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HIGH PERFORMANCE WOOD MATERIALS – PROGRESS,
CHALLENGES AND VISIONS
Ingo Burgert, Vivian Merk, Munish Chanana
ABSTRACT: High performance wood materials are essentially required to grow in step with the rapid development in
the wood construction sector. The expectations on the reliability and long-term properties of wood are already high, but
will rise further with the increasing construction of wooden multi-storey houses in an urban environment. Intensive
research activities are needed in the field of wood modification to develop hybrid materials and wood composites which
lead to an improvement of wood properties in fields of existing limitations, but may also result in multifunctional wood
materials with yet uncommon performance profiles and new application potentials. In this paper, concepts for
fundamental research activities are exemplarily reported and current challenges are addressed. These are based on the
vision of developing and implementing wood materials that are capable to fulfil present and future requirements of
timber engineering and thereby facilitate the transition towards a sustainable society.
KEYWORDS: Wood materials, wood modification, hybrid materials, improved properties, new functions

1 INTRODUCTION 123
The development of the wood building sector is a true
success story in recent years as particularly documented
by multi-storey buildings made of wood, which are
erected in various cities. Timber engineering and
architecture have laid the foundation for the required
products,
production
technologies
and
their
implementation (eg. CLT plates). However, it has
become obvious, that the wood material needs to be
further improved and optimized, in order to meet the
increasing requirements regarding wood performance
and long-term durability. In particular the recapture of
the inner urban space by multi-storey wooden buildings
poses a major challenge at the materials level as property
profiles are expected that are typically not fulfilled by
native wood (e.g. colour stability, flammability, water
repellency). If wood materials science is not able to
catch up with the rapid development on the timber
engineering side, the pleasant trend of wood utilization
in the built environment may begin to struggle in the
future as wood could be conceived as a material of too
low long-term reliability. Hence wood materials science
and technology, timber engineering and architecture
need to commonly work on these challenges across all
length scales of wood. In this paper, some of the recent
related activities on the wood materials side at ETH and
Empa will be exemplarily highlighted, embedded in a
conceptual frame of required and desirable wood
performance improvements for the building sector.
Ingo Burgert, Vivian Merk, Munish Chanana, ETH Zurich,
Institute of Building Materials and Empa, Dübendorf,
iburgert@ethz.ch

1.1 THE WOOD CHALLENGE
The challenge of future wood utilization is of great
complexity. On the one hand, strong arguments for a
wider utilization of wood do exist, in particular in view
of the necessary transition of our societies towards
sustainability. Wood, in being a renewable and CO2
storing resource of wide disposability, having a
relatively low energy consumption in fabrication and
also being eligible for cascade uses, is the ideal material
for fulfilling the related requirements. Further wood has
an excellent mechanical performance, when considering
its relatively low density.
On the other hand, wood has long-term reliability issues
for instance regarding flammability, durability, UV
protection or dimensional stability, which has been in the
focus of research activities for decades, resulting in
remarkable material improvements [1-5]. But entirely
problem solving solutions that are cheap and can be
easily up-scaled have been achieved only to some extent.
A further issue is the general perception of wood. It is
rather perceived as a traditional material than a material
with great future potential, although the abovementioned properties would support the latter. As a
consequence, outside the wood research community, too
little attention is paid to wood as a resource and material,
which is of essential relevance for the future
development of mankind. Hence, we are currently at the
crossroads regarding the future utilization of wood and
the potential of wood as a high performance material in
terms of material properties and functionality has to be
better exploited. For that purpose, it is of great
importance to become more interdisciplinary by
attracting other research disciplines, such as materials
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science, chemistry or biophysics to focus research
activities on wood. This will facilitate the wood material
development leading to improved properties and novel
functionalities.

2 FROM NANO TO MACRO
Besides the abovementioned advantages of wood, a
major plus of wood in comparison to other materials is
its sophisticated hierarchical structure [6], which is one
of the crucial factors allowing for a close and fruitful
collaboration between wood science and timber
engineering. As a result of the hierarchical wood
structure, material property changes at the nano- and
micro-scale become effective also at the macro-scale due
to an inherent upscaling.
From a materials science perspective, there has been
great progress in materials development at the nano- and
microscale, but the challenge of upscaling to
macroscopic properties is pending. 3D printing is
currently in the focus to overcome these problems [7],
but in view of the hierarchical structure of wood, one
may point to a certain analogy in stating, that the “3D
printer” of the wood community is the tree itself. Trees
build a structure that is formed at the nano- and microscale of wood cell and cell walls to reach dimensions of
up to almost 1500 m3, as can be seen in the remarkable
example of the General Sherman tree. Thereby, they
manage to upscale material property changes as a
consequence of adaptation processes at the cell wall
level to become effective at the macroscale of the
material.

acetylation process makes use of the hierarchical
structure in blocking OH functionalities of the cell wall
constituents at the molecular level, with the
consequence, that the bulk wood material becomes more
dimensionally stable and durable [8,9]. An important
step, however would be to not only concentrate on
making wood more inert, as it was predominately in the
focus of established wood modification strategies. By
finding additional ways to functionalize the wood
scaffold with modular protocols, wood properties could
be improved, but at the same time novel multifunctional
wood materials could be developed. It should not be
unmentioned that this promising opportunity faces strong
challenges, as the nanoporosity of the cell wall impedes
many sophisticated chemical modification treatments in
its native state. However, if respective protocols are
established, one can even profit from the natural
variability of wood, as every tree species provides a
specific 3D scaffold for functionalization.

3 PERFORMANCE ENHANCEMENTS
A general strategy for performance enhancements is to
enlarge the property profile of wood by developing and
fabricating hybrid materials and composites at the nanoand micro-scale, and thereby profit from the strong
coupling and combination with other materials. Hybrid
materials that combine the organic wood scaffold with
inorganic phases, e.g. minerals, highly benefit from a
material combination that allows to merge specific
property profiles at its best. Wood-polymer composites
that retain the wood hierarchical structure can be very
effective in terms of wood-water interactions with an
impact on dimensional stability and durability. Ideally
they do not only render the wood inert, but allow for a
certain modularity, which means that the monomers to
be polymerized in the cells and cell walls can be chosen
based on a targeted property or functionality and their
location in the wood scaffold can be controlled [10,11].
This would allow for producing smart and responsive
materials from wood that can change their properties in
the course of changing environmental conditions.
3.1 IMPROVING WOOD PROPERTIES

Figure 1: Hierarchical structure of wood illustrated from the
nanoscale of cell wall components up to the macroscopic level
of wood construction

The research on wood is already utilizing and can further
enhance the concept. For instance, the well-established

When naming the most prominent restrictive factors for
a wider utilization of wood in the building sector,
flammability, dimensional stability, durability, and
surface (UV) stability need to be mentioned. In terms of
wood modification, these challenges require very
different approaches, in order to address related property
improvements based on the aforementioned concepts.
These cannot be covered all in this paper and therefore
the focus will be on research activities towards a reduced
flammability, which have been recently conducted in our
lab. A specific paper on surface treatments to improve
the UV stability of wood in facade applications exposed
to sun light and weathering can be found in the minisymposia on the ETH House of Natural Resources.
Aiming at an environmentally friendly flame retardant
for wood one can profit from the introduced concept of
hybrid wood materials. By inserting a non-flammable
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mineral phase into the wood structure, it is not possible
to make wood inflammable, but the material
combination is very beneficial to effectively reduce the
flammability of the produced hybrid. Interestingly, based
on the chosen insertion method, the spatial distribution
of the mineral phase in the wood structure can be
controlled as has been shown for the insertion of calcium
carbonate. If dimethyl carbonate is used as a carbonate
source, the mineral phase predominately forms in the
cell walls [12], while a process with an alternating salt
solution treatment results in a formation of calcium
carbonate formation in the lumen of the wood cells [13].
This lumen filling is illustrated in light microscopy
images of beech and spruce, respectively (Fig. 2). In
particular for the spruce sample it is obvious that the
predominant part of calcium carbonate insertion takes
place in the earlywood cells.

Figure 3: Heat release rate of beech (a) and spruce (b) for
native and mineralized wood samples, as determined by cone
calorimetry [13]

3.2 NOVEL AND INHERENT WOOD
FUNCTIONALITIES

Figure 2: Light microscopy image of beech (a) and spruce (b)
cross section with calcium carbonate inserted in an alternating
salt solution process

Both processes allow for inserting high amounts of
calcium carbonate into the wood structure.
By adding the inflammable mineral phase to the organic
wood material a hybrid material with an improved flame
retardance is fabricated. Figure 3 shows heat release
rates over time measured in a cone calorimetry setup on
native and mineralized wood samples of beech and
spruce, respectively. Likewise for the images shown in
Figure 2 the samples had been modified with the
alternating salt solution process. A distinct reduction of
the heat release rate due to the mineralization treatment
is particularly visible for the beech wood. Moreover, a
shift of the maximum heat release rate to a later stage
can be seen.

Besides improving the performance of wood in
established fields of application, it is also of particular
interest to add new functionalities to the material. The
underlying concept is to use the anisotropic and
hierarchical structure of wood as scaffold and develop
smart materials with yet uncommon material
combinations. One interesting approach is to make the
wood electrically conductive, which can be achieved, for
instance by the insertion of conductive polymers, such as
polyaniline [14]. Until yet, these research activities are at
a very fundamental level, but one can imagine a high
application potential, if wood can be provided with novel
properties that largely enhance the common property
profile without loosening its aesthetic appearance.
Another example from our research activities is the
fabrication of magnetic wood, through the formation of a
thin iron oxide particle layer at the inner surface of the
wood cells (Fig. 4) [15].
Due to the anisotropic structure of wood, the hybrid
material can be magnetized more easily in the
longitudinal direction compared to the radial and the
tangential direction. Hence, magnetic wood samples can
be actuated and oriented in a magnetic field, but the
enhancement of the property profile may also be well
used to apply new fabrication technologies for smart
wood material production.
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complexity treatment requires technology platforms that
are not commonly available in wood companies. Besides
installing such devises on the production sites, it would
be also constructive to make the wood case more
attractive for the chemical industry.

5 CONCLUSIONS

Figure 4: Magnetized wood samples (a) iron oxide
nanoparticle layer in the lumen of wood cells; (b) alignment of
magnetic wood in a magnetic field; (c) rotation of magnetic
wood in wood fiber direction (indicated by the red arrow),
after [15]

In terms of novel functionalities it is also possible to
insert stimuli-responsive polymers in the wood structure
that can for instance change their conformational
structure and take up or release water depending on the
ambient temperature. As an example one may think of
wood panels that can be used as room climate regulating
elements, which sense temperature changes and respond
with water uptake or release without strong dimensional
changes.
Contrary, one may also utilize the natural water uptake
and release upon humidity changes for actuation of
bilayer wood elements. What is commonly aimed to be
avoided in terms of dimensional instabilities is here
converted into a possibility to build autonomously
deforming wood elements, which can be used in building
applications. A paper on the targeted actuation of wood
by humidity changes can be found in the mini-symposia
having a focus on the ETH House of Natural Resources.

4 FABRICATION TECHNOLOGIES
Apart from the challenges in the wood modification at
the nano- and micro-scale a further issue are efficient
upscaling techniques to reach a wood product level.
Many of the existing technologies applied for wood
treatments are not applicable or can be hardly utilized.
Further, high precision modification protocols that very
well perform at the laboratory level, need to pass through
several iterative optimization cycles to be efficiently
transferred to large-scale wood samples and products.
The inhomogeneity of the material, but also limitations
in precise process control for instance in terms of
temperature or chemical distribution impede the
upscaling process. For some modification protocols the

The development of advanced and multi-functional
wood materials is seen as a crucial factor for a wider
utilization of wood in the fields of wood construction
and others, in order to facilitate the essential transition
towards sustainable societies. Basic research activities
currently lay the fundament, but further substantial
research efforts are required at the basic and applied
research level to bring wood in a position, which it needs
to efficiently substitute less environmentally friendly and
energy-intensive materials. One important factor is to
establish green chemistry protocols for wood material
modifications, in order not to spoil the benefits of a
natural resource.
In order to cope with these huge challenges at the
materials level, we have to make wood attractive to other
research disciplines, such as materials science and
chemistry or biophysics. Further, a strong interplay
between wood materials science and timber engineering
as well as architecture is needed to implement the
progress in wood property improvements and
functionalization in the building sector. Living labs, such
as the ETH House of Natural Resources or the Empa
NEST are crucial for the further development, as they
allow for testing new approaches in wood materials
synthesis and wood construction under real conditions
and thereby accelerate the implementation process.
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RATIONAL MODELLING AND DESIGN IN TIMBER ENGINEERING
APPLICATIONS USING FRACTURE MECHANICS
Erik Serrano1
ABSTRACT: The paper gives a general discussion on methods and theories used for strength analyses of wood and
wood-based products. The main aim is to discuss in general terms the benefits gained from using design approaches
based on rational and scientifically sound theories. The paper presents mainly fracture mechanics theory but also other
advanced modelling techniques and examples from using advanced measurement techniques in testing are briefly
discussed. Examples of applications within the current scope of Eurocode 5 that need to be developed are highlighted
(dowel type joints and compression perpendicular to the grain). In addition, examples of applications in need of being
included in Eurocode 5 are discussed (beams with holes and glued-in rods). The theories presented in the paper are
applied to two different applications, namely notched beams and glued-in rods, the latter currently being a candidate for
inclusion in Eurocode 5.

KEYWORDS: wood, timber, modelling, strength analysis, fracture mechanics, structural design

1 INTRODUCTION1
1.1 BACKGROUND
The word engineering stems from ancient words related
to the term ingenuity. In some cases, however, this
historic coupling to talent, ingenious work and problem
solving seems to have been lost [1]. In studying
structural failures, irrespective of the main structural
material in use, a common explanation for the
catastrophic outcome is typically referred to as “human
error”. Such a classification covers of course many types
of errors, including both ignorance and conscious risk
taking. However, there is always the risk of the engineer
making mistakes due to the lack of information in or
understanding of the structural code as regards the
theoretical background of a specific design formula. In
such cases, the ingenuity of the engineer might lead to
solutions where design formulae are being used outside
their intended scopes.
In some rare cases, incorrect and unsafe suggested uses
of design formulae were presented in other types of
documents such as handbooks, making erroneous
references to Eurocode 5 (EC5), [2].
The idea on which this paper is based is that by using
rational methods with a clear and physical interpretation
such risks can, to a large extent, be avoided.

1

Erik Serrano, Structural Mechanics, Lund University,
erik.serrano@construction.lth.se

1.2 AIM AND OVERVIEW
The paper presents a number of theoretical approaches
that have been used in timber engineering research, but
only to a smaller extent have been used in practical
design.
The main aim is to highlight the advantages of these
approaches in terms of their clear physical interpretation,
their ability to model complex behaviour and their
suitability as a base for development of design formulae.
Another aim of the paper is to discuss some of the
sections in the current version of EC5 that are in need of
revision, or that are completely lacking.
Following this introductory first section, an overview of
a number of theories is given in Section 2, presenting a
few basic principles and theories. Detailed information
about their use in some applications is given in
Section 3. Section 4 discusses briefly a few candidate
topics in EC5 that could be up for revision, two of these
topics also by use of the theories presented herein.
Section 5, finally, presents the conclusions of this paper.
1.3 A GENERAL AND RATIONAL APPROACH
By a rational method is meant a method that is based on
acknowledged and physically correct theories from solid
mechanics. Apart from being based on a sound
background, the theories must be combined with the use
of model data that have been acquired under welldefined and relevant conditions. In addition, that data
must have been evaluated using methods for test result
evaluation that are consistent with the intended use of
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the data. Ideally, such a rational approach should then
give predictions that are accurate, although accuracy is
by far the only concern, or perhaps not even the most
important concern. The validity of the methods used is
also extremely important, as is a clear definition and
understanding of their limitations. It makes no sense to
apply an accurate model outside of its scope.
The use of empirical expressions in design has indeed a
long tradition but, generally speaking, such approaches
should be avoided, or at least their applicability should
be very well defined.
A special class of approaches would be the “empirical”
methods based on modelling results (e.g. based on
parameter studies using finite element models). Such
approaches can probably be categorised somewhere in
between the fully rational approach and a traditional
empirical approach. Their validity is very much
dependent on the resolution and range of the parameter
studies that were performed in developing the
“empirical” expression (curve fitting to FE-results).
Traditional linear elastic fracture mechanics (LEFM) is
an example of a more advanced theory (compared to
traditional linear elastic stress analysis) that is already
included in the current version of EC5 [2], although this
fact has been rather well hidden to the user. As an
example, the current design formulae regarding beams
with notches at the support are based on the work of
Gustafsson [3]. For reasons of user-friendliness,
Gustafsson’s expressions were reformulated from an
energy-based design criterion to a traditional criterion
based on shear force capacity. Such a re-formulation
inherently includes a risk, since the governing material
parameters according to theory have been exchanged for
a set of proxy parameters. Any future change of the
proxy parameters in other parts of the codes or in
standards should therefore also lead to at least a revision
of the design formulae that make use of the proxy
parameters – is the use of the proxy parameter still valid?
As regards notched beams, the introduction of a
reduction factor for shear strength in EC5, kcr, caused
problems in terms of interpretation: was it correct to
apply kcr also for formulae referring to notched beams?

•
•

•

material strength is infinite,
the size of the fracture process zone (FPZ) in
the material is sufficiently small in relation to
all other dimensions, including the pre-existing
sharp crack, so as to treat it as being of zero
size, and
there exists a material parameter, the fracture
energy, Gc, which, together with the material
stiffness, governs the initiation and progressive
failure of the material.

A number of different approaches can be used to apply
the theory of LEFM. The most commonly used
approaches would be the stress intensity approach, Jintegral approach or the compliance method [4]. Of
special interest here is the compliance method as this
lends itself to formulation of hand calculation formulae,
which can be used to derive design equations [5].
2.1.2 Compliance method approach
Assuming that a quasi-static (2D)-structure of width b is
loaded by a single constant point load, P0, and denoting
the length of an existing crack with a, the loaddisplacement relations (displacement at loading point)
for crack lengths a and a+Δa are shown in Figure 1,
together with the energy released for such crack
propagation (grey area).
Load

P0

a

a+Δa

u1

2.1 LINEAR ELASTIC FRACTURE MECHANICS
2.1.1 Definition
By LEFM is meant a theory based on the following
assumptions:
•
•

materials behave linear elastically,
a sharp crack and an accompanying stress
singularity exist (the square root singularity),

Displacement

Figure 1: Load-displacement response for crack
propagation in a linear elastic structure.
Denoting the structure’s compliance with C(a), the
following general expression can be derived for the
energy, W, released during crack propagation:

2 THEORETICAL APPROACHES
Below is given a brief description of some useful
theories and modelling approaches that have been
suggested for application in timber engineering. The
overview is intentionally kept at a simplified level, in
order to explain basic concepts. Thus, mainly 2Dapplications and uniaxial stress conditions are discussed.

u2

Δ

.

(1)

The energy released per unit area of crack surface is then
expressed as
.

(2)

From Equation (2), assuming Δa → 0 and assuming that
crack propagation takes place when the released energy
per unit area reaches the critical value of the material i.e.
when G=Gc, the corresponding critical load Pc can be
calculated by
2

.

(3)

Since the approach as expressed by Equations (1)-(3) is
formulated in a global sense, it is straightforward to
apply it for any structural model, be it based on beam
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theory and solvable by hand calculation, or be it a full
3D finite element model.

theory, the characterisation of adhesive bonds is taken as
an example here.

Apart from lending itself to hand calculation, another
major advantage is that (at least for 2D-problems) it is
straightforward to perform the crack propagation
analysis using standard finite element software, since the
only demand on the software is that it can perform linear
elastic analysis. Equation (3) can of course be evaluated
numerically from the results of a series of such linear
elastic analyses. Thus, the critical load as a function of
crack length is found by performing first a series of
analyses, where each analysis is done for a different
crack length. Following this, the compliance of the
structure (as a function of crack length) is calculated and,
finally, Equation (3) is applied in a pure post-processing
step.

Following the approach as outlined in [8, 9] a wood
adhesive bond line is characterised in stress-deformation
space by non-linear relations. One way of visualising
such a behaviour (for monotonic loading) is as a surface
in 3D, cf. Figure 2, showing shear stress (xy) versus
shear displacement (s) and normal displacement (n) of
a bond line. If unloading does not occur, the formulation
could be based on non-linear elasticity, see e.g. [10],
although such a formulation is non-physical. A rather
straightforward formulation, fulfilling the basic laws of
thermodynamics is achieved by using a damage-based
formulation; one such example is given in [11].

Another major advantage of the compliance method is
that, in general, it is much less sensitive to mesh density
as compared to many other LEFM-based methods, such
as the stress intensity approach. This is because a) the
global energy balance is evaluated (and not the local
stress/strain state close to the crack tip) and b) the
derivative of the compliance with respect to crack length
rather than the compliance itself is used in Equation (3).
The main limitation of LEFM, and thereby of the
compliance method, would be related to the above basic
assumptions of the theory. For some applications, the
assumption of a negligible size of the FPZ might be
questionable [5].
2.2 NON-LINEAR FRACTURE MECHANICS
2.2.1 Definition
By non-linear fracture mechanics (NLFM) is meant a
theory that includes a non-linear behaviour aiming at
capturing the strain softening of a material, i.e. its
gradually diminishing stress transferring capability with
increasing deformation. In terms of its implementation
several formulations exists, including Hillerborg-type
approaches [6] and crack band (smeared crack)
approaches [7, 8, 9]. Compared to LEFM, a theory based
on NLFM involves additional material parameters that
govern the global load bearing capacity of a structure:
the strength of the material and the shape of the curve
describing the stress versus deformation behaviour. Of
central importance for strain softening theories are issues
like local and global stability, and mesh dependence
issues (in FE-applications) and how these are handled.
2.2.2 Crack band approach
For many wood applications where fracture propagation
is of concern, the crack path can be estimated with good
accuracy a priori. For the analysis of adhesive bond
lines, this is especially obvious. In such cases, NLFM
can be implemented using a crack band approach where
the non-linear softening behaviour is localised to a
narrow band representing the bond line. Zero thickness
cohesive elements or solid elements of small thickness
(one element across in the thickness direction) are
common choices. To simplify the description of NLFM

Figure 2: Shear stress versus shear displacement and
normal displacement of bond line model [11].
2.3 GENERALISED METHODS I – MEAN
STRESS APPROACH
2.3.1 Definition
The starting point for the so-called mean stress approach
[4, 5] is LEFM, i.e. linear elastic behaviour, infinitesimal
size of the FPZ and the existence of a sharp crack. The
method has mostly been used for 2D-problems, since its
extension into 3D is not so straightforward. The
approach (in 2D) is to consider the stress distribution
close to a crack tip, and assuming that the strength of the
material is limited to a value ft, the local (tensile)
strength of the material, as depicted in Figure 3. The
further discussion here is for simplicity limited to pure
Mode I situations.

ft

√2

x0

x (mm)

Figure 3: Normal stress distribution ahead of a crack.
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Close to the crack tip, the stress field is dominated by the
well-known singularity
.

(4)

Assuming now that the above described situation is to be
evaluated by a simple stress based failure criterion, the
problem of the singularity arises, i.e. since stress is
infinite at x=0, a zero load bearing capacity would be
predicted. However, although the single point maximum
stress is infinite, the average stress over a certain length
is well defined, and finite. Thus, assuming that we
instead of the maximum stress in a single point calculate
the average stress, σmean, along a certain distance, x0,
from the crack tip, we obtain:
.

√

(5)

Then, by using the average stress σmean in a stress based
failure criterion, the problem with the singularity has
been avoided. Thus, the failure criterion is expressed as
(6)
and the problem is reduced to a stress based evaluation
problem. The length x0 could be determined on the basis
of calibration from tests, or from some micro-structural
considerations or some other, theoretical, considerations.
One such theoretical consideration is that we postulate
that, in the case of a sharp crack, the mean stress
approach should predict the same load bearing capacity
as using a traditional LEFM approach, i.e. assuming
crack propagation will start if KI=KI,c, with KI,c being the
fracture toughness of the material. Making use of
Equations (5) and (6) we then obtain
(7)

√

From this, we can then express the mean stress length as
a material parameter, in terms of fracture toughness and
strength:
,

(8)

Equation (8) is in terms of fracture energy expressed as
(for plane stress)
,

(9)

where EI is the Young’s modulus of an isotropic linear
elastic material. For an orthotropic material, like wood,
the corresponding stiffness for tension perpendicular to
the grain is obtained from [5]:

,

2.4.1 Definition
In general, according to the theory NLFM, the shape of
the softening curve (stress versus displacement) is a
parameter that influences the load bearing capacity.
However, it can be shown, see [12], that in some cases of
self-similar crack propagation this is not the case, and
instead any shape of the softening curve can be used to
predict the load bearing capacity. If it is assumed that the
shape of the softening curve does not influence the load
bearing capacity, then a convenient choice of that shape
can be made. One such choice is depicted in Figure 4: a
linear elastic behaviour with abrupt “softening”.

,

(10)

Where indices 0 and 90 denote the parallel and the
perpendicular to grain directions, respectively, E the
Young’s modulus, G the shear modulus and ν the
Poisson’s ratio.

Non-linear softening
Shear stress (MPa)

√

2.4 GENERALISED METHODS II – QUASI NONLINEAR FRACTURE MECHANICS

τf

Linear, equivalent
curve
Fracture energy

Shear slip (mm)

Figure 4: Shear stress versus shear displacement of a
softening material.
The original crack propagation problem is thus treated as
a linear elastic one instead, but using a stiffness which is
determined by the local strength and the fracture energy
of e.g. a bond line. Thus, for the example shown in
Figure 3, instead of using the linear elastic shear
modulus and the thickness of the bond line, an
equivalent shear stiffness, ks, based on local strength and
fracture energy is used:
[N/mm3]

(11)

Using such a linear elastic equivalent layer approach,
simple linear elastic analyses can be performed, and the
load bearing capacity is then estimated by a conventional
single point maximum stress criterion. Both FE-based
approaches and hand calculation approaches have been
adopted using this quasi non-linear theory, see e.g. [13,
14] for more recent application of this methodology.
2.5 APPLICABLILITY AND BENEFITS OF
GENERALISED METHODS
The generalised methods described above are
generalised in the sense that their applicability is not
limited to situations involving stress singularities or
involving perfectly brittle materials. Instead, at least
formally, any stress field or material brittleness can be
handled. Furthermore, the size effects predicted by the
methods are in general less pronounced than the extreme
size effect predicted by LEFM.
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3 APPLICATION EXAMPLES
Two application examples are given below. One related
to the use of the compliance method and one with
several of the above-mentioned approaches being used.
Some additional details as regards the modelling
approaches are included, but the basic concepts are as
described in Section 2.

and
failure criterion in terms of mean stresses σ
is chosen, the one used here is the Norris criterion
τ
1
which in combination with the Wu fracture criterion

3.1.1 Problem description
The notched beam problem is used here as an example of
applying the compliance method from LEFM-theory
using a FE-model.
The situation is depicted in Figure 5. At the support, a
90° notch is cut out from a beam. The current study
relates to the influence of slope of grain close to the
notch, thus a number of grain angles ranging from -10°
to +10° (relative the beam axis) were evaluated. A point
load was applied at a distance far enough from the
support to avoid any disturbance of the stress field. The
support, in turn, is modelled as a pinned stiff plate,
simulating a roller support.

600

250

400

2100

1

,

,

3.1 NOTCHED BEAM

(12)

(13)

and Equation (4) and its Mode II counterpart can be used
to derive an expression for the value of x0 along which
the mean stresses are to be calculated:
1

.

(14)

In Equation (14) KI and KII represent the magnitudes at
the instant of fracture and at the current degree of mixed
/
(cf.
mode expressed as the ratio k=KII/KI =
Equation (7)). ft and fv are the strengths of the material in
tension perpendicular to the grain and in shear,
respectively.
The expression for KI at the instance of fracture is given
from Equation (13) and reads, [4]:

Point load

,

,
,

ϕ

,

,

.

(15)

.

(16)

By the relations
150

Symmetry
Nodes on wood surface

Rigid element
Control point

Figure 5: Notched beam problem.
3.1.2 Finite element model and compliance method
approach
The finite element model is built up using quadrilateral
plane stress elements, element size was varied from
2,5 mm size and up. For all analyses at a given grain
angle, the same element mesh was used, but the
connectivity of the elements at the crack tip was changed
by introducing extra nodes, in order to simulate crack
growth. The compliance of the structure was calculated
from the FE-results and the estimated critical load was
evaluated in terms of Equation (3).
The most straightforward approach is to use the pure
Mode I (opening mode) fracture energy, which is an
assumption on the safe side. However, depending on the
geometry of the notch (and thereby on the current crack
length) the contribution from Mode II will vary. If
including Mode II in a mixed-mode fracture criterion,
one needs to evaluate the possibly varying critical energy
release rate during crack propagation (i.e. the current
value of Gc to be used in Equation (3)). This is done in
the following manner. First, a relevant stress based

and

the above Equation (14) can be expressed in terms of
critical energy release rates GI,C and GII,C instead of
stress intensities at fracture. That expression is then used
to calculate the mean stress length, x0. Note that the
length x0 is dependent on the current degree of mixed
mode, which in turn is expressed as the ratio of the
average stresses along that same length x0: k = τmean /
σmean. Consequently, the value of x0 has to be calculated
in an iterative manner. This iterative procedure is
normally fast converging, and typically no more than
three iterations are needed to obtain a set of converged
values of x0, k and Gc.
Below is shown a graph indicating the influence of
mixed mode on the effective critical energy release rate
(assuming 300 J/m2 and 1150 J/m2 in mode I and II
respectively). As can be seen, the influence on the
effective fracture energy is limited and only for stress
situations with dominating shear is the value much
different from the value corresponding to pure mode I
(shear is dominating for small notch depths at constant
notch length). An approximation on the safe side would
be to use always the value of GC,I.

The results from the analyses are shown in Figure 8. In
the diagram, results from using both 5 mm element size
and from using 10 mm element size are shown.

1.2
1
0.8

900

0.6

800

0.4
0.2
0

-10°

700

0

10

20

30

40

50

60

70

80

90
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Effective energy release rate (J/m2)
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500

-4°
-2°
0°

400
300
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Figure 6: Effective energy release rate as a function of
mixed mode ratio.
3.1.3 FE-analyses and results
The element mesh was constructed such that the element
sides were parallel to the grain, and thus, in case of
sloping grain the element sides close to the crack tip
were not parallel with the beam longitudinal axis. The
element mesh used in the analyses is shown in Figure 7,
depicting the mesh at the notched corner for a case of
straight grain and for a case of sloping grain.

10°

100
0

0

50 100 150 200 250 300 350 400 450 500
Crack length (mm)

Figure 8: Critical load vs. crack length and grain slope,
5 and 10 mm element size are shown with dots and solid
lines, respectively.
An example of the stable performance of the compliance
method, with respect to element size, is shown in
Figure 9. The influence of element size on critical load
bearing capacity is in the range of 5% for a change of
element size by more than one order of magnitude (from
element size 2,5 mm to element size 40 mm). Using a
traditional LEFM approach in terms of evaluating the
near crack-tip stress field would probably not be
successful for an element size larger than a few
millimetres [4].
325
320

210
205
200
195
190
185
180
235 240 245 250 255 260 265 270 275

Figure 7: Example of 5 mm element meshes in displaced
model for straight grain (top, partial zoom) and 10°
sloping grain (bottom, partial zoom).

Critical load (N)

315
310
305
300

2.5 mm
5 mm
10 mm
20 mm
40 mm

295
290
285
280
275

0

50
100
Crack length (mm)

150

Figure 9: Calculated critical load vs. crack length for
crack propagation analyses using various element sizes.

WCTE 2016 e-book | 12

3.2 GLUED-IN RODS
3.2.1 Problem description
The load bearing capacity of a glued-in rod, glued
parallel to the grain and loaded in pull-pull according to
Figure 10 is used here as an example, see also [9].
x

P

120
120

l

Sym.

Assuming now that (EA)w/(EA)r >1.0 maximum shear
stress is found at x=0. According to the above described
theory of quasi-nonlinear fracture mechanics, the shear
stiffness G/t is exchanged for the equivalent stiffness
based on fracture energy, Gf, and shear strength, τf, of
the bond between rod and timber. Thus, it is assumed
that
/

Rod diameter 16 mm
Bond line thickness 0.5 mm

The material data used in the comparison was taken
similar as those used in [9]. Below the equations for the
compliance method approach and for the quasi nonlinear fracture mechanics approach using Volkersen
theory to determine the stress distribution are presented.
Finally, a parameter study involving these approaches
and a 3D-FE approach using NLFM is presented.
3.2.2 Compliance method equations
For a compliance method approach, it is necessary to
assume the existence of an initial crack causing pull-out
of the rod from the timber. We here assume that this
crack exists at the loaded end of the joint. Assuming a
pure axial action in the wood and steel parts, the
compliance of the glued-in rod joint can be expressed in
terms of the axial stiffness (EA) of the different parts of
the joint. Using now the approach described in Equations
(1)-(3) we can write for the ultimate load, Pu:
2

∅

(17)
(18)

where EA denotes the axial stiffness of the rod and the
net wood cross section, Gc the fracture energy (here
assumed in pure mode II), and ϕ is the diameter of the
cylindrically shaped assumed fracture surface along the
rod. From Equation (18) it is obvious that a simplified
equation can be obtained by assuming that the axial
stiffness of the wood part is much larger than the axial
=
.
stiffness of the steel part, in which case
3.2.3 Quasi non-linear fracture mechanics equation
Using the classical Volkersen approach, the stress
distribution along the rod-timber interface is determined.
This is done under the assumption of a linear elastic
behaviour, and assuming that the adhesive layer is acting
in pure shear. By such shear lag analysis, the shear stress
along the rod for an applied load, P, is described by [15]:
sinh

.

(21)

Inserting this into Equation (19) and making use of
Equation (20) we finally obtain an expression for the
load bearing capacity, Pu, of the glued-in rod:

Figure 10: Glued-in rod problem studied.

cosh

adhesive layer to axial stiffness of the adherends
through:
.
(20)

(19)

where G/t is the shear stiffness of the adhesive layer with
thickness t, and shear modulus G and where the
parameter ω expresses the ratio of shear stiffness of the

(22)
with
.

(23)

3.2.4 3D FEM approach
A 3D cohesive element based model was used to
calculate the load bearing capacity of a glued-in rod. The
model consisted of linear elastic material for the wood
and the steel, and the cohesive element behaviour was
based on a damage formulation as described in [11],
resulting in stress versus displacement responses similar
to what is shown in Figure 2. The bond line behaviour
includes two shear stress components and one peel stress
component. All other stress components in the bond line
are assumed zero (this being consistent with an
assumption of a thin bond line). It is beyond the scope of
this paper to give a detailed description of the model, for
such details, please see [11].
3.2.5 Results – Influence of glued-in length
In Figure 11 is shown the results from a parameter study
of the influence of glued-in length on the ultimate load
bearing capacity, as predicted by the three abovedescribed approaches. The prediction “perfectly plastic”
is simply the load bearing capacity obtained from
assuming a uniform shear stress distribution along the
rod. Two curves derived from Equations (17) and (18)
.
are shown, the lower one corresponding to =
It should be noted that the 3D-FEM approach involves
mixed mode behaviour. The same shear strength was
used in all the models making use of shear strength
(12 MPa), but mixed mode behaviour is only accounted
for in the 3D-FE model (which also makes use of the
bond line peel strength, here set to 4 MPa). This results
in a discrepancy between the 3D-FE model results and
the results from the shear lag model based on quasi nonlinear fracture mechanics. However, the general shapes
of those two curves are similar, which indicates that the
analytical quasi non-linear theory is well suited for
calibration to test results: the effect of mixed mode could
possibly be accounted for in the analytical model by
assigning a lower shear strength value.
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Figure 11: Influence of glued-in length on ultimate pullout load using various theoretical models.

4 RATIONAL APPROACHES FOR EC5
As mentioned in the introduction, one aim of the current
paper has been to highlight current candidates for
revision in EC5 where new design formulae should be
based on rational approaches. Below are given examples
of four such candidate applications. Two of the
applications could be included using the concepts of
fracture mechanics as discussed above, and based on
current knowledge, more or less. As regards the
remaining two (compression perpendicular to grain and
dowel type joints in complex loading), the current status
of research has shown that more advanced methods of
design could very well be adopted.
4.1 FRACTURE MECHANICS BASED DESIGN
4.1.1 Beams with holes
In the current version of EC5, there are design provisions
for notched beams, but not for beams with holes. There
was, in a draft version of EC5, plans for including this,
but the design formulae suggested were based on an
erroneous analogy with the formulae for notched beams.
In a recent paper, [16] an approach based on the
compliance method and semi-analytical formulae was
suggested. Although further verification work is needed,
and although the current format of the approach does not
lend itself to hand-calculations the concept seems
promising.
The approach in [16] is general, with the possibility of
including the influence of bending moment, shear force
and axial force in the beam. There is also a possibility of
using the approach for design of reinforcement of the
wood close to the hole in the beam. As stated in the
general conclusions of the paper, the approach is
appealing since it is based on the same theoretical
framework as the currently used end-notched beam
design equation of EC5, and it does indeed capture the
strong beam size effect as found in experimental work.
4.1.2 Glued-in rods
The inclusion of glued-in rods (bonded-in rods) into EC5
has been up for discussion for more than 20 years.
Although a very large number of research projects and
investigations have indeed been carried out, there is still
no consensus on how to implement this type of joint in
the code [17].

Historically, empirical design equations were proposed,
but also analytical models based on theories such as the
ones described in this paper have been suggested. In the
case of glued-in rods, the main problem has probably not
been to find consensus on the precise design formulae,
but rather that glued-in rods have been treated already in
the standardisation and certification system by national
approvals, and thus there is no major demand from
industry to have them included into EC5. However, from
the point of view of promoting the use of glued-in rods,
including that joint type in EC5 would certainly be
beneficial.
4.2 PLASTICITY THEORY BASED DESIGN
4.2.1 Compression perpendicular to grain (CPG)
The design approaches for CPG in previous and current
version of EC5 are prime examples of semi-empirical
methods. In the work with the EC5 revision, a recently
published paper [18] discusses candidate theoretical
models for a new approach as regards design for CPG.
Apart from debating how to find an easy-to-use design
approach, based on a sound and rational theory, the
design of CPG has been debated from a design
philosophy point-of-view: In many cases it turns out that
the CPG situation is mainly a serviceability limit state
problem, with excess deformation rather than an ultimate
limit state problem. Even so, a rational approach based
on a physically founded model, would be preferable.
4.2.2 Dowel type joints
The use of advanced contact-free deformation
measurement technique (digital image correlation, DIC)
at testing of dowel type joints has been presented in a
number of papers and conference contributions [19, 20,
21]. The applied multi-scale approach (testing materials
and components at various scales) in combination with
the DIC-technique as presented in [19], has given an indepth understanding of the kinematics of dowel-type
joints under loading conditions involving pure bending
moment or involving a combination of bending and
normal force. The research has not only provided
detailed information about the local deformation of
dowels in joints, but has also provided data necessary for
implementation of advanced modelling approaches in
commercial engineering software.
Thus, it is believed that the basic knowledge is available
such that relevant, reliable and accurate analyses can be
performed. The main challenge for the scientific and
engineering communities is to clarify how such
advanced approaches can be included in design work
based on FE-analyses and assuring that the provisions of
EC5 are met.
A simple starting point for the specific example of dowel
type joints would be to give provisions regarding dowel
materials such that a ductile behaviour of the dowels can
be assured. Today, minimum requirements have to be
fulfilled for strength. As regards strength it is however
essential that the material can be defined within a narrow
interval in order to avoid brittle failures due to over
strength of the dowels.
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Another issue of importance would be to include into
EC5 at least a recommended approach for the engineer
to follow in order to perform an elasto-plastic design
calculation. The current version of EC5 does not provide
any detailed information regarding e.g. the load
distribution among dowels in a joint, something that
would be essential in the design of high deformation
capacity joints.

[5] Serrano E, Gustafsson PJ. Fracture mechanics in
timber engineering - Strength analysis of
components and joints. Materials and Structures,
40:87-96, 2006.

5 CONCLUSIONS

[7] Bazant ZP, Oh BH. Crack band theory for fracture
of concrete. Materials and Structures, 16:155-177,
1983.

The following conclusions are drawn:
• An increased understanding of the applicability of
design equations, and of their limitations, is of
prime concern as regards minimising the risk for
human errors in structural design.
• A rational approach in design, as opposed to a
purely empirical approach, will add to such
understanding.
• Fracture mechanics is one example of such a
rational framework.
• Both traditional LEFM and the so-called quasi
non-linear fracture mechanics theory are possible
candidates as basis for design formulae.
• The current version of EC5 is in need of revision
and additions, and some of the changes currently
under discussion could include the theories
discussed in this paper.
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BUILDING SYSTEMS – CONSTRAINT OR
CHANCES FOR ARCHITECTS?
Hermann Kaufmann
ABSTRACT:
Wood construction will only be able to take hold on the market for large-volume construction if standardisation and
development of prefabricated systems permit competitive construction of residential and commercialbuildings. Will this
render architects as guarantors ofgood design obsolete, or are they particularly necessaryin this segment?

KEYWORDS: architecture, building systems, architectural design, WCTE 2016, Vienna, Austria

1 INTRODUCTION 123

2 LCT SYSTEM

The transfer from the fossil to the biogenic era is
underway. In any case, efforts and developments towards
sustainable strategies can be found in many areas of daily
life. After 20 years of research and development on the
subject of saving energy in the operation of buildings and
the introduction of renewable energies, it is evident in
construction as well that the next question will be
focusing on the origin of those resources that are already
growing rarer. The call for sustainable raw materials is
impossible to miss wood with its extraordinary properties
has become a promising path for the future of building.
Just a few years ago, multi-story construction was deemed
unthinkable. Today, we have reached buildings with 18
floors and implemented wood buildings of continually
enlarging dimensions. For wood construction to really
take hold on the market, standardisation and development
of prefabricated systems are needed to permit competitive
construction of residential and commercial buildings.
Will this render architects as guarantors ofgood design
obsolete, or will they be needed all the more in this
segment? There is a great danger that what has happened
before in prefabricated building construction will repeat:
That standard house types will be offered and architects
will become unnecessary. However, there are already
some construction systems, most of them developed with
architects, that are open and adaptable enough to offer
sufficient design tolerances for flexible reactionto the
respective location and its functional and design
requirements.

The LifeCycle Tower construction system was created in
a three-years long interdisciplinary research and
development phase preceding the construction of the pilot
project in Dornbirn. The system was to be suitable for
buildings with up to 20 floors. Under consideration of the
current construction standards, an implementationcapable, idealised high-rise type has already been
developed in this phase for the site of Central Europe. It
was to be usable as an office building, hotel or residential
building alike. The project was to be developed to meet
the following objectives:

1
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Maximum future-proofness
Shortening of the construction phase by factor 3
assume compared to conventional buildings
High quality of architecture
Wood must remain perceptible.
The construction must pass costcomparison with
conventional buildings.
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Figure 1: rendering - building system LCT

Figure 4: rendering -research project LCT Tower

Figure 2: rendering - main constructive Elements building
system LCT (columns: glulam 2x24/24; wood-concrete ceiling
element:. Beams glulam 24/28, concrete 8 cm)

Figure 3: rendering - exemplary office

Figure 5: rendering -research project LCT Tower
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3 LCT ONE
The LCT ONE (LifeCycle Tower ONE) is a pioneer
construction in many respects. The project is the first
eight-floor wooden building in Austria. It is for the first
time that an almost high-rise building will be made in
wood construction. Furthermore, it is the prototype for the
prefabricated wooden system developed for the research
project “LifeCycle Tower”. The aim of the project is to
verify the feasibility of the construction system and to
declare its functional efficiency under real terms of use.
Because this construction system should achieve
international marketability, this pilot project is a central
building block for testing and marketing.

Figure 8: view north

Figure 6: view west

Figure 7: Office landscape

Figure 9: façade cut

WCTE 2016 e-book | 19

The building consists of a reinforced staircase core
bordering one-way to the office space. Contrary to the
proposal in the previous LCT research project to build the
staircase core in wood as well, here it is built in site-mixed
concrete. This was the result of an intensive examination
of the statutory provisions of fire prevention, which shows
that it is currently not possible to make the core out of
combustible material. With the certification (according to
DIN EN 13501) of the fire resistance REI 90 of the timber
joint hybrid ceiling, an important condition of the fire
prevention authorities was fulfilled and an important step
towards realization was taken.

For this purpose, several timber joint elements of 2.7
meters – corresponding to a facade grill – multiplied by
8.1 meters – corresponding to the potential depth of space
– were subject to a fire test at the company Pavus in Czech
Republic.
The timber-concrete joint ribbed ceiling is the real key for
building upwards, because it makes it possible to separate
the corresponding floors consequently by a noncombustible cover. The wooden beams are inlaid into a
steel formwork of 8.1 x 2.7 meters; the distances in
between are formed and concreted using a grouting
technique. Thanks to the high grade of pre-fabrication, the
building cycle becomes much simpler. The ceiling
elements can be made industrially in a more precise
manner, there are no curing times on the building lot and
for the laying of a ceiling element the workmen indicate
just 5 minutes.

Figure 10: Floor plan

Figure 12: montage façade element

Figure 11: cross-section

The connection between concrete and laminated timber
construction is not made via complicated binders, but
rather with screws and shear grooves. A lintel beam of
concrete considerably contributes statically to the
distribution of the enormous forces from the facade
bearings. The cross-grained wood of the double bearings
stands directly on the concrete; the connecting arbor is
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grouted to the pre-fabricated segment on the construction
site. This lintel beam facilitates the necessary separation
of the construction in terms of fire protection for every
floor, also on the bearing level, and also makes discharge
from the ceiling into the bearing without charging a timber
work element across the fibre. Following the spread of the
forces, the bearings are tailored according to the effective
statical requirements.

Figure 15: view east

Figure 13: facade element

4 ILLWERKE CENTER MONTAFON
The scenic and structural environment of the new
location for the Illwerke Center Montafon, referred to
as IZM, which will offer space for 265 staff members
starting in the summer of 2013, and where approx.
15,000 visitors a year are awaited, is characterized by
the interplay of a future landscape with formative
artistic interventions in landscape and large plane
buildings. The result could easily be the decision to
formulate a strong and robust construction which
defines the place anew in a self-confident way. Such an
attitude is not unusual in terms of constructions in the
alpine region and truly shows the tradition of
constructional modelling in the power plant sector in
Vorarlberg.

Figure 16: open office

As a result, the long structure, due to its position, forms
a clear front and back, thus offering an unhindered
“performance“ with a generously projecting roof, as
well as a compact zone for delivery and parking,
protected by the existing buildings.
The decision to also build into the lake has, first of all,
a pragmatic reason, because otherwise, the longitudinal
structure would not have been possible; on the other
hand it created a moment of “unusualness“ with a
higher potential for space. This is shown in the inside
development, as the common areas, such as the dining
hall and conference hall, occupy the space on the lake
and, herewith, become an especially memorable place.
Of course the decision for a simple form requires that
the surface of the ground floor be subject to limitations;
therefore, the new visitors centre is situated on the first
floor in the case of a conversion or modification, with
direct connection to the foyer, but with a higher
reference to the landscape through its higher position.

Figure 14: view north and east

In the concept, special attention is paid to an allembracing “sustainability“. Herewith, the clear structure
offers optimised preconditions for the establishment and
the operation of the construction without extraordinary
measures. The good volume-to-outer surface relation and
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the sensibly developed enveloping structure guarantee
optimum values of energy consumption in summer and in
winter. The passive house standard guarantees low energy
consumption and operation costs. The end of the life cycle
is calculable with comparatively low deconstruction costs
due to the building technique using elements.

Figure 18: The double supports are fastenedto the HBV ceiling
elements and secured against pulling out using only simple
pipe-mandrel plug-in connections. This principle of building
shell construction ensures the vertical size compliance of the
building and guarantees for height development according to
plan and in a timely manner.

Figure 17: Ceiling element, consisting of BS wooden beams
with 8 cm thick reinforced concrete plates

The constructional measurements also facilitate easy
maintenance of the building through optimum access to
the facades. The consequent skeleton structure with
few reinforcement cores offers high flexibility. It could
be extendable for adding another floor.
Wooden construction has the advantage of good
parameters concerning CO 2-equivalent for the primary
energy consumption for the construction, as well as for
maintenance and deconstruction.
The construction is conceived with the simplest serial
elements. Wood-concrete connecting elements are laid on
glued laminated bearings which are integrated into the
façade, and those elements are held within the centre axis
of a steel beam borne on stanchions.
Figure 19: Façade longitudinal section
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material. In the context of massive emergency exit stairs,
more than the presently regulated 4 floors could be built
and the building attains a higher fire security level than
the valid safety requirements currently demand.

5 WAGNER
This extension of an existing building, constructed with
the LCT shows the flexibility of the system. Also the wish
of the client for a brick façade could be fulfilled.
Design: Architekten Hermann Kaufmann ZT GmbH

Figure 21: view north

Figure 20: facades detail

The serial classification guarantees precise constructional
qualities, a dry construction method with a high degree of
prefabrication and, herewith, a quick construction
progress characterized by a high organisational degree in
addition to high efficiency. The aim of such a construction
is to guarantee fire protection for higher buildings despite
visible, thus unprotected, wooden construction.
Therefore, the hybrid ceiling element on one hand, which
consequently separates the floors due to its concrete
element of bearing overlays, as well as the curtain-type
fire screen in the facade, are an important argument for
the attainment of the security requirements. On the other
hand, a sprinkler compensates the combustibility of the

Figure 22: foyer

Figure 23: inside office, clades with beech
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6 BTV MEMMINGEN
This new built bank building for the bank of Tyrol and
Vorarlberg has a wooden façade and shows also the
design possibilities of LCT.
Design: CREE by Rhomberg

Figure 24: rendering BTV Memmingen

Figure 25: rendering BTV Memmingen

7 CONCLUSIONS
Using the example of the LCT building system, it is
shown that it is possible to react to various situations by
adjusting design in serial construction as well, provided
that the system concept is sufficiently flexible. This
requires an architect's work again, making him
indispensable for ensuring the construction-cultural
aspects. When we speak of sustainable construction
today, and thus longevity of buildings, we usually forget
that this greatly depends on architectural quality. The
history of construction shows that beautiful and
architecturally high-quality buildings valued by people
will be preserved for us in the long run. The architect will
find his tasks in system construction as well, and will
remain a vital partner in the process.
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TIMBER AWAKENING IN AMERICA
Gerald A. Epp1
ABSTRACT: Being endowed with a wealth of timber, America has a long history of its use in construction. By the
end of the nineteenth century, cities were building multi-storey commercial buildings using heavy timber, and, because
of fire concerns, were building large floor plates out of what we would now call mass timber. With advances in
structural steel and then reinforced concrete, such use died out. However, the recent development in Europe of
prefabricated mass wood panels, along with wood’s natural aesthetics and sustainability features, has led to renewed
interest in North America. With the 2008-2014 recession behind us, American developers and architects are now
pursuing mass timber with vigour.
KEYWORDS: Mass timber; mass wood; CLT; NLT; heavy timber; prefabrication; panels; commercial buildings

1 INTRODUCTION 123
The wood revolution, involving mass timber on a
broader commercial basis, is only now being
experienced in a significant way in North America. The
trend which began in Europe several decades ago has
“caught on”, and now a significant body of domestic
research and “proving” is behind us, which, along with
the aesthetic and sustainability features of wood, is
paving the way for greater acceptance. Canada was the
first to embrace mass wood, but one can begin to hear
the thunder of the American economic engine warming
up to this also. A resource which was once restricted
largely to the domain of residential wood frame
construction and historical timber frame techniques is
now of interest for the broader category of office,
institutional, and other commercial buildings, even
relatively tall wood structures in America.

2 MAIN TEXT
2.1 HISTORY
The history of wood use for buildings in North America
is somewhat different than in
Europe and other parts of the
world. In some ways it is
quite unique. Pioneers and
settlers coming from Europe
needed to erect their buildings
quickly in an unsettled
environment, and the large tracts of virgin forests were a
very handy provision for such needs.

1
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The “pioneer” mind-set has remained very much a part
of the North American way, particularly in the West and
Mid-west.
Wood
frame became the
mainstay
and
normal
way
of
construction,
not
only
for
single
family houses, but
also
and
more
recently
for
apartment blocks.
In this form of construction, the wood frame was
protected against fire by non-combustible sheathing, and
thus was concealed from view.
2.2 MASS TIMBER BUILDINGS OF THE PAST
On the commercial side, as the west became more
settled, the wealth of
available
old
growth
Douglas Fir timber led to
the
development
of
economical tall (up to 9
storeys) wood mercantile
buildings, using large
cross-section beams and
columns to carry the load,
and a heavy brick outer
shell to protect it. There
are many examples of
such buildings in the late
19th century warehouse
districts of cities like
Seattle, Portland, San
Francisco, Vancouver, even reaching as far east as places
like Chicago and Minneapolis.
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The famous fire of 1871 in Chicago had taught some
lessons about building in wood, and the building type
described above involved
the use of what we would
now call mass timber.
Not only were large
timbers used for the
frame, but the floors and
even interior walls were
built of fire-resistant
solid wood construction,
made
simply
by
laminating
2”
thick
lumber together with
nails. It was found that
these heavy wood floors
were also very resilient,
and became ideal for carrying heavy materials like sugar
and rice, stacked nearly to the ceiling!
The 19th century and the industrial revolution also saw
the rise of the new structural materials, starting first with
structural steel, and then later with concrete. These
innovative, strong, non-combustible materials soon took
over from timber, and thus the tall wood buildings of
that era became a piece of history – quaint relics of the
past that more recently have been fitted out for use as
trendy offices and condominiums, located, as they are,
adjacent to downtown cores of large cities.
However, timber construction remained strong in the
residential sector.
There were also technological
advancements with wood, and the early twentieth
century saw the smart utilization of wood fibre in the
invention of glulam. Building codes which began to
develop allowed the use of wood in commercial
buildings under certain conditions, and glulam was used
for such structures as medium span roofs (particularly as
arches, because the process of laminating thin pieces
could be adapted easily to curves). Some architects and
engineers knew how to work with wood, but many more
became enamoured with the possibilities of steel and
concrete. Naturally these became the materials of choice
for mid and high-rise buildings.
2.3 MODERN ARCHITECTURE / EXPOSED
STRUCTURES
The twentieth century was the era of the modern
movement in architecture, involving minimalism and
later the honest expression of structural materials,
culminating in the high tech architectural movement of
the latter part of the century.
In the 1980’s and1990’s in
the Pacific Northwest of
North America (British
Columbia,
Washington,
and Oregon), architects
who identified with this
trend sought uses of their
beloved native material timber which went beyond
traditional uses and spans.

Thus we as engineers and builders became engaged in
the pursuit of what could be
possible using this highly
aesthetic material expressed
as part of the architecture,
and yet honestly, efficiently
using its properties to carry
out its structural function.
We became involved in a
long string of experimental
projects which exploited
the non-traditional use of
timber in highly public
architectural
structures.
Often these involved other materials like steel and
concrete, combined sensibly with the wood. Why not
use each of the materials in the way that utilizes their
best properties?
While on the radar because of European developments,
mass timber used for
buildings in the broader
markets was, in both the
US and Canada, not yet
viable.
So we and others in our
part of the world
continued
to
be
fascinated with unique
opportunities to use
wood - both engineered
wood, and dimensional
lumber - in exploratory
ways
or
unusual
applications.
Such
projects became “demonstration projects” and promoted
the use of wood on a broader scale, raising awareness
that this material was capable of far more than what
people had come to expect. The important
thing is to understand timber’s unique
properties and capitalize on them.
These projects also proved how
brilliantly wood lent itself to
concepts of prefabrication
and the new architectural
forms that were rapidly
becoming possible through the use of parametric 3D
software.
2.4 DIMENSIONAL LUMBER
British Columbia contains one of the richest
concentrations of softwood lumber in the world. It is the
primary source of what North Americans call “two by”
material (2x4’s, 2x6’s, 2x8’s, and so on), i.e. ordinary
dimensional lumber that is used to feed the vast housing
market in the US, Canada, and, increasingly, around the
world. The local BC economy is heavily dependent on
this product, but the market is quite volatile. Many in
the industry were seeking to increase market share by
finding new markets for the numerous mills of the
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British Columbia interior, which primarily produce SPF
(Spruce Pine Fir) species of lumber, the mainstay of
wood frame residential construction.
Around the year 2000, a phenomenon developed which
had a significant effect on these mills, and on the small
communities which
are very dependent
on them.
The
Mountain
Pine
Beetle is an insect
which thrives on
the pine species,
but is normally
controlled by very
cold weather. A lack of cold winters during this period
led to the proliferation of the beetle, which was killing
the trees on a massive scale. Huge forests would turn
red, and then brown, and then black. (pictures)
While the structural properties of the wood are not
affected, the forests needed to be harvested within 3
years of the trees dying, in order to be useful.
This fueled the need to find new markets, and industry
stakeholders began to research the viability of mass
wood for the North American market, particularly nonresidential. Organizations like the Canadian Wood
Council, FP Innovations, and others were instrumental in
promoting this initiative, which began by seeking to
raise the allowable height for wood frame apartment
buildings to six storeys.
However, the primary focus was to promote the use of
wood in the commercial sector – office, recreational, and
institutional buildings, a sector which traditionally built
with steel and concrete. Trying to get a bigger piece of
the pie. And, of course, promoting possibilities of
constructing mid-rise wood buildings in all sectors.
2.5 DEMONSTRATION PROJECT FOR THE
WORLD
In 2010, Vancouver was to host the Winter Olympics,
and provincial and local governments were very keen on
showcasing the use of wood, especially pine beetlekilled wood, and
what better way to
do that than on the
largest,
longest
span roof for these
Games, the roof
for the Speed
Skating Oval? The world, for three weeks, would be
getting prime TV footage of what BC wood can do, both
structurally
and
architecturally,
in
a
large,
unconventional application. Could the 95 metre span be
elegantly achieved using glulam arches. Further, could
ordinary 2x lumber, even pine beetle-killed lumber, be
used to span over 13m between the arches on a roof area
of over 25,000 m2, satisfying structural, aesthetic,

scheduling requirements, and the very significant fire
and acoustic issues?
Here was an opportunity, a “demonstration project”, for
the world stage, which could help pave the way for
greater use of BC’s primary resource.
The desire was to use 2x lumber. Our company
StructureCraft became aware of this desire, and puzzled
over
an
efficient
response.
We were
familiar with European
brettstapel, or a similar
product we call naillaminated timber (NLT),
stacking the lumber
pieces in a vertical
orientation (show pic),
and
nailing
them
together. But this was
inefficient for the 13m
span, requiring lumber
too deep, and costing too
much. Further, acoustical absorption would be required
to allow amplified sound to be heard in the finished
facility.
So was it possible to lay up an arrangement of small
2x4’s in a way that was both structurally efficient, and
could allow for sound absorption and concealment of
sprinkler and lighting
services, while satisfying
the
onerous
fire
requirements of using
small dimension lumber in
such a large building? We
came
up
with
an
interesting idea we call the
“Wood Wave Panel”, and approached the client with it.
In plan view, you might think it was brettstapel, but in
cross-section the lamina cascade into a wave shape
resulting in a very light curved shell structure, with
mineral wool concealed inside to both suppress fire and
absorb sound. You could call it 3D brettstapel.
Thus our fun experimentation
with wood for special
projects was leading us
towards a local interpretation
of the mass wood idea – hand
nailed
laminated
timber
panels.
2.6 MASS TIMBER STRUCTURES
Architects and clients liked
the look of exposed NLT,
and it was not long before
opportunities arose to
create flat mass wood
panels using it. It was
about this time that CLT
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plants were being set up in Canada, and NLT was
competitive with CLT, particularly for floors and roofs
(as opposed to walls). Many architects were liking mass
wood for its aesthetic appeal in buildings like offices and
institutions, so the structures were not concealed from
view. The Canadian market was taking on its own
flavour for the mass timber idea. And we were setting
our sights on the massive American market.
2.7 THE AMERICAN MARKET
In 2008, just as we all thought the timber idea was
starting to catch on beyond the borders of British
Columbia, the economy in the United States took a sharp
turn, leading to one of the largest and longest recessions
in its history. We all know about it because it affected
the lives of every one of us.
We were just completing a project in Washington DC,
and were getting some interest for other architectural
projects in the United States. However, at this point
everything went on hold. One American architect
recently told me that this deep recession stripped their
industry of a pool of talent that firm leaders are now
struggling to replace.
Our company StructureCraft, dependent on a market
larger than just BC, at a time when we thought our body
of work, including the Speedskating Oval roof, would
lead to an influx of new work, was now thrown into
uncertainty. This was to continue for a number of years.
During the period of the recession, which was to last at
least through 2014, the initiatives promoting the
advantages of mass wood construction carried on both in
Canada and the US. The US Woodworks program began
during the recession, and the magazine Wood Design
and Building continued to send pictures of beautiful
timber projects into the offices of architects, engineers,
and the building industry at large. During these years,
architects were hearing about all of the sustainability and
aesthetic benefits of
wood, as well as
seeing what the
possibilities
were
through
example
projects in every
possible
building
type. They did not
have the experience, but were warming up to wood,
wanted to try it on new projects. But there were no
projects to try it with.
So when in 2014-15 the economy started to wake up,
there was a surge of interest, fed by the continuing
supportive work of research institutions and educational
efforts of the wood industry, making CLT a buzz word.
And by fascination with the idea, which was being
experimented with in other parts of the world, of tall
wood buildings.
Finally architects and clients were able to apply their
newfound interest, at least potentially, as they explored

the implications for projects that had lain dormant for
years. Questions like:
•
•
•
•
•
•

What are the implications for fire requirements?
Is it safe for large or tall buildings?
Would the codes allow the use of wood? For what
type and size of building?
What are the implications for building services.
What about durability? Especially during
construction in rainy climates
How do we design with wood? Especially for taller
buildings

Given that CLT is a relative newcomer to North
America, and that the glued assembly required much
proving before it could be accepted, there were
significant hurdles to overcome. However, Canadian
and American researchers have been working very hard
with structural and fire testing, as well as bringing
European knowledge across the ocean. The Canadian
timber code CSA O86 now has a design section on CLT,
and America has developed ANSI PRG 320, a standard
for the production of CLT. Both countries have their
own well-developed “CLT Handbook” to assist
designers. CSA O86 is expected to publish a supplement
containing a section on design of ductile “rocking wall”
CLT shear walls for seismic zones, which will be a
world first.
During the past two years, federal initiatives on both
sides of the border have sought to “prime the pump”
with
incentives
to
developers of several
tall wood projects. One
of these, the Framework
project in Portland, is a
12-storey
mixed
residential/commercial
building
we
are
currently assisting with,
and it proposes to be the first tall wood building to
incorporate the rocking wall concept.
NLT is also a product of great interest in North America.
Possibly because of the historical precedent, and because
domestic CLT was not at first available, several notable
buildings have been built using NLT in the Pacific
Northwest.
These include office and institutional
buildings up to five storeys tall, such as the CIRS and
MEC buildings in Vancouver, the Bullitt Center in
Seattle, and a number of other roof-only structures.
Unlike CLT, NLT did not have much barrier to entry, as
the earliest codes, building on the experience with the
many earlier historical structures, recognized this
assembly as heavy timber. This is still the case, and
jurisdictions which are as yet unfamiliar with CLT, may
be more comfortable allowing NLT. But things are
changing rapidly, and the timber revolution is making
more and more believers.
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It was about this time that CLT plants were being set up
in Canada, and NLT became competitive, particularly
for floors and roofs (as opposed to walls). Many
architects were liking mass wood for its aesthetic appeal
in buildings like offices and institutions, so the structures
were not concealed. The Canadian market was taking on
its own flavour for the mass timber idea.
2.8 COMMERCIAL TIMBER STRUCTURES –
THE FUTURE
The wood industry in America is not satisfied with
demonstration projects. From their perspective, market
growth must be sustainable, and for too long this has
been uncertain.
Now finally, it can be said that such desires on the
supply side are now being met by an appetite, growing
by the day, for CLT and mass timber buildings.
Developers, building owners, and tenants are becoming
conscious of the benefits, and are knocking on doors of
people like us to design and deliver such structures, to
help them discern whether mass timber is for them, and
what the costs are.
As an example of such interest, our company two
months ago completed the structure for a six-storey
timber office building in
Minneapolis called T3,
said to be the first tall
modern office building in
America. This building
was developed by one of
America’s
biggest
commercial developers,
Hines, and they chose to
build with timber for market reasons, without any other
incentives.
This is a cost-driven project with a grid layout optimized
for timber construction. We took great care in the design
of the members and
connections to ensure
speed of construction, as
well as a clean, modern
look.
We
chose
European glulam for the
beams and columns. We
also studied options of
domestic and European
CLT, but chose to use NLT for the floor slabs for
reasons of cost and developer’s visual preference.
There are now requests from all parts of the country,
regarding all kinds of buildings, curious about what can
be done with mass timber, desiring education, as well as
pricing. Some of these projects will die for cost reasons,
others because of resistance from the authorities, or from
the design team. But it appears more and more of these
projects will follow the lead of projects like T3 and
Framework.

With timber buildings, it is evident that the American
giant is beginning to awake…
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THE RECOVERY OF WOOD CULTURE AND URBAN TECTONIC IN
KOREA
KiCheol Bae
ABSTRACT: The aim of this article is for the necessity of wood culture and urban tectonic as practical strategy in Korea.
Architecture is not mere result of physical form or style but culture of the day combined people’s wisdom and thought.
Therefore, the recovery of wood culture is important for the future of Korean architecture. The Wood culture is defined
as common values, knowledge, norms and lifestyle of the social members who prefer to use wood products, and it is
expression of hearts for forest, which embodies emotional and physical value, and thus culture of life and furnish are
finally included in wood culture. It is very important for architectural identity to make an urban tectonic which is the art
of assembling the local materials used in construction for high-level values. There is a couple of practical progressive
strategies, which could promote and expand wooden architecture are necessary. The first strategy is wooden architecture
of urban commercial housing or multiple housing, and another is to implement infill wall that can increase energy
performance of old apartments needed for redevelopment.
KEYWORDS: Wood Culture, Urban Tectonic, Neo-Hanok, Multi-Level wood building,

1 INTRODUCTION 123
This paper relates to the development direction of wood
architecture and urban tectonic in progress recently in
Korea. Wood building is the remarkable growth in the
past years and is now emerging as an attractive market in
the single-family home. Despite the quantitative increase,
the debate and design of wood building including 'NeoHanok' are very unsatisfied and concerned.
Dissatisfaction is the lack of new thought and experiment
for indigenous tectonic of Korea. It is believed that 2"x4"
construction introduced from the western is at the
forefront of the popularity of wood architecture in
conjunction with a positive evaluation that is suitable for
low-energy houses. But western light-wood-frame is a
limit to growth in Korea, because that is in its climatic
conditions and forest vegetation. Korea has traditionally
been a natural environment suitable for the post-beam
construction considering natural climate condition. Thus,
more research and design on modernization and proper
application of post-beam construction is needed, yet the
light-wood-frame is still more preferred and common in
spite of importing 2" series wood products from overseas.
Another concern is that too individual studies are not able
to establish a comprehensive data, although it is a
meaningful and profitable result that development of
'Neo-Hanok' and large scale of wooden building have
been accomplished during a couple of years. By studying
and innovating wooden buildings, we hope to reclaim
1
KiCheol Bae, University of Ulsan(kcbae@ulsan.ac.kr &
kcbae@idsgrape.com)

traditional architecture and prepare an alternative for era
of climate change at the same time. It is necessary that
Korea as an obligation country on 'Climate Change
Convention' is continued challenges for sustainable urban
development and architectural technology for promised to
reduce carbon emissions.
It is truly innovative to bring back the wood as building
materials into urban design among the debate of
architecture for Climate change. Replacing the concrete
with wood is no doubt an alternative of the future being
built to reduce greenhouse gas enables the
environmentally friendly urban development. Through a
series of studies and projects done in Korea, the tradition
of wood culture and its possibility of implementing urban
tectonic will be explored in detail.

2 DISAPPEARED TRADITION OF
WOOD CULTURE
The city form a unique culture and identity while people
gathered. Architecture is also not built with a combination
of simple materials, as the city does not simply created
clusters of buildings. There exist own urban tectonic and
perspective depending on the way of local material,
processing technology and its management related on its
geographical characteristic feature. The relationship
between architecture and locality becomes more apparent
when we look at the southern European cities of stone
building or the northern Europe cities of wood.
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Korea is traditionally one of wooden cultural region.
Using the wood of local material, Korean also have
created the urban residential community as known urbanHanok in north and west area of Seoul. Recently it seems
obvious that a steady increase in the number of wooden
houses. But if understanding the modernization when the
traditional architecture was replaced with a concrete
culture, this rise is welcoming and astonishing change. In
addition to renovation and addition of 'Hanok',(1)
development and dissemination of the 'Neo-Hanok' also
bring up the quantitative growth, however most reasons
for the increment are because so-called western 2"x4"
construction gains competitiveness in the market. People
tired of monotonous concrete apartments and then have
shown more interest in wooden houses which is good for
health and energy.
2.1 TRADITIONAL ARCHITECTURE AND
WOOD CULTURE
Korea has an outstanding natural environment by more
than 65% of the entire country with forests, high forests
fourth rate among OECD countries. Thanks to the natural
abundance of trees, Koreans had primarily used wood
from various daily items such as 'Hanji'(Korean
traditional handmade paper), furniture, handcrafts to
architecture and had created an unique wood culture in
various forms. Most of all, 'Hanok' is a fruit of the wood
culture indeed. 'Machum & Leeum'(2) is tenon joint
construction method to make wood frame. It involves
post-beam of pine trees, which add natural softness and
warmth to the entire structure, and the empty spaces in
between the frames are filled with natural ingredients such
as soil and stones to echo the elements and principles of
Korean architecture
The combination of 'Ondol and Maru', Hanok's floor
heating and cooling system, is an inventive method that
follows the laws of nature. "Integration of a square front
yard and the same shaped sky is a personal space, which
leads to a private path of the urban Hanok with the
geometric sky.(3) Our ancestors created villages and cities
beyond architecture by embracing nature, and achieving
aesthetic values that wood represents. By 645 A.D. we
were able to utilize advanced architectural technology to
build a nine-story wood tower in temple Hwangnyong
Temple, which stands 80 meters high. Trees have been
important resources that shaped Korea society and culture.
In 2008, the 'Sungnyemun', south gate of Seoul, was
destroyed by fire, which left a deep sense of loss and
emotional injury to us. The gate was first built in 1398 and
has been renovated several times since. This gate is
Korean Treasure No. 1 as a symbol of the country and was
the oldest wooden building in Seoul before the fire. With
increased interest in restoration of cultural assets, the
historical gate was initially planned to be restored
according to the original construction methods. However,
the process of finding good-quality trees, arranging and
drying them turned out to be more difficult than expected.
Based on thorough five years of collaboration between
historians, craftsman and experts of historic preservations,

newly restored gate fell short of the ideal, original features,
which led us to wonder if we have failed to carry on the
skills that our ancestors were able to demonstrate through
wooden buildings. What is the handed down wood culture
and its core? Hence, the question about root of the Korean
architecture is brought up.
There has been discussions and experiments of traditional
architecture during last fifty years, but wood buildings
that exhibit 'Hanok' features were merely considered
traditional or historical. Korea architects believed that the
essence of architecture is to create space. Consequently, it
has been emphasized combining traditional architectural
principles with modern materials such as reinforced
concrete rather than wood tectonic or building style.
Korean architects often regard wood structure as an
anachronic medium.

Figure1: Neo-Hanok(left) vs. Hanok’s(right) Model Section
Comparison of Myunggi Univ.<photo source: http://navercast.
naver.com/ content.nhn>

Figure2: Permit number of wood building <Data source:

www.kostat.go.kr> The number of wood house permit over the
past decade has increased by 6.6times from 2,326 to 15,393
buildings.

2.2 DEFINITION OF WOOD CULTURE
Since the 'Japanese Colonial Era'(1910~1945), Korea
underwent a series of 'Korean Conflict'(1950~1953) and
modern value so called 'Economy as Top Priority' that
caused damages to forests--the wood traditions might
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have faded along the way. As plastic has predominated
modern industries, Hanok was also inevitably replaced by
concrete apartments.
In spite of successful government’s Green Project for
reforestation, a wrong idea which logging is always bad
was the cause preventing the restoration of the wood
culture. Due to modernization in Korea, the Hanok and
traditional wood culture could not advance further.
A famous architect Amos Rapoport for study on the
interrelationship between house form and culture, he
argued that "house form is not mere result of physical
power or element but social cultural outgrowth, which has
symbolic property since houses and towns reflect a
lifestyle physically."(4) Therefore the symbolism or
identity of a house starts from the link between ancestors’
culture and ourselves. "Architecture is culture of the day
combined people‘s wisdom and mind"(5) and thus it
embodies daily life and behaviours, and represents social
value.
The culture can be explained as "major behaviour
patterns or symbol system in a society, and moreover life
styles and all their products which human beings make by
changing given natural surroundings and controlling their
instincts"(6), wood culture can be explained as lifestyle
which social members shows through their cognition or
behaviours. Huh Kyung-tae, in his Study on wood culture
from the perspective of functionalism theory, mentioned
that wood culture is defined as "common values,
knowledge, norms and lifestyle of the social members
who prefer to use wood products, and it is expression of
hearts for forest, which embodies emotional and physical
value, and thus culture of life and furnish are finally
included in wood culture."(7) Also, he explained
characters of wood culture with 'five categories'(8)
through comparison with forest culture in a narrow
meaning, and expected the disappeared wood culture will
be partly revived and developed to expand in the 2000s.
Korea's wood culture has diminished over the years due
to modernization during the 1960s, but the overall interest
in timber technology and research is currently increasing.

Figure3: Rate of Reforestation & ratio of land area

<Data source:www.forest.go.kr > The reforestation in Korea
was completed in collaboration with the leading role of the
government and people over 50 years dating to 2010, starting
from early 1960. Growing stock was increased to approximately
13 times in 1960 year from 63.5m3 / ha to 125.6m3 / ha 2010
years. Thought the third times, 'Reforestation 20 years plan'
(actually achieved in 15 years) was the most advanced largescale greening projects in Korea.

3 A POSSIBILITIES OF CONCRETE
CITY, SEOUL
3.1 CONCORETE APARTMENT COMPELX
Seoul is a typical city fallen into raptures over reinforced
concrete. Before the full-scale modernization, Seoul was
surely a city of wood buildings but, it definitely turned
into a concrete town with the last city Hanok premises of
Donam-dong area in 1970s. In Towards a New
Architecture, Le Corbusier claimed "The house is a
machine for living in"(9) and he designed 'three million
inhabitants', which more worked as a solution to residence
problem for 21 century Seoul than Paris in 1922. Seoul
failed to develop self-motivated architecture culture but
gained economic growth and modernization that resulted
in concrete neighbourhood all around the city. Since the
development followed principle of the modernist design,
villages and towns lost their unique characteristics, which
left an ineffaceable imprint on the neighbourhoods of
Seoul.
Republic of Apartment by a French geographer, Valerie
Gelezeau served as an impetus for re-evaluating Korea's
housing culture. In her essay, Gelezeau analyzed how
Korean has achieved housing too many people on such
small units of land and looked at the country's rapid
development of apartments in Seoul. While Hanok was
old-fashioned and uncomfortable, apartments were a
more modern and convenient replacement that ultimately
made up 52.7% of all housing types in Korea--apartments
have flourished and became the foundation for
modernizing cities. Apartment complex is the most
unique product, media and symbols that Korea
industrialization gushed out from its beginning. (10)

Figure 4: Comparison number of population and housing in
Seoul.<Data source: www.kostat.go.kr> The population of
Seoul over the past 30 years has increased more than four
million people while the number increased one million people /
5 years. However the number of house was only an increase of
about 1.5 million buildings.
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To accommodate a constantly growing population and
establish the necessary infrastructure, concrete was
understandably the best material during the last 70 years
of Seoul's urban development. Modernization made it
impossible to log from mountains denuded of trees.
Furthermore, timber houses and wood culture have
gradually disappeared; Hanok failed to integrate with
urban housing that required multi-level structures. "As of
1985, there were 1,518 houses of Hanok in
Bukchon(northern village of Seoul) but it decreased to
947 in 2000 that is 37% of Hanok vanished only for 15
years".(11) Hanoks of Bomun-dong and Yongdu-dong
areas have changed drastically that even a trace could not
be found.
3.2 DIFFUSION OF WOOD BUILDING
Under the circumstances, a policy of Seoul government
on Bukchon-Hanok cause more interest in traditional
wooden houses among people who were tired of uniform
apartments, which called for an experiment that current
architects could conduct to assimilate traditions into
modern houses. It does not end up with repairing the old
structures, but works as driving force of creating NeoHanok, block type of Hanok, which played positive role
in restoration of wood culture. Open and functionally
convenient space can be presented to some degree, but
there are still issue of economic feasibility and scale
change to sedentary life habit from sitting lifestyle.
Duplex homes known as the Peanut house, was the
driving force behind the spread of Western-style wooden
houses 2X4, but is currently being fixed according to our
Ondol and sitting culture and have grown to be an axis of
wooden buildings. Considering timber industry, however
we have structural issue when it comes materials should
be imported due to low productivity of trees in Korea.
Furthermore, the duplex style could not satisfy the
potential sentiment of Korean wooden architecture
because it does not reveal textures of wood on the surface.
Wood buildings are a historic and cultural asset of Korean
architecture. With fast development of wood technology,
a characteristic of Korean architecture, heavy-frame
construction for post and beam construction can be
improved to an advanced design based on Korean
tradition. What we need in the 21st century is not a mere
building but a space full of spirit of wood culture. Than
outstanding a Hanok, wood urban housing complex
containing wood culture is more necessary. Wood
architecture with modern value could restore soft and
natural space, and also will be the foundation for
development of unique architecture based on regionality.
In addition the wood is good for energy aspect. The wood
is simply easier to achieve a low-energy building, because
wood insulation performance superior in comparison with
steel five-fold of concrete and 350 times of steel.

Figure 5: Permit number of building structure <Data source:
www.kostat.go.kr> The wood building is almost two times less
than ever the concrete structure over the past 10 years, but rapid
growth.

4 FROM MATERIAL TO URBAN
TECTONIC
4.1 CLIMATE CHAGE AND WOOD
URBANIZATION
It is very important issue for architectural design and
energy innovation at the era of new Climate Change.
When expanded to urban design from singular
architecture, wood architecture confirms its possibility as
alternative architecture for the future. Peter Calthorpe
pointed innovative architecture and urban design is the
most important task for this era responding to climate
change and the US cities can increase energy efficiency
and through compact urban development, reduce carbon
emissions by 12% in 2050, compared to 2005. (12)
Reducing greenhouse emissions causing global warming
is not an option but rather necessary. As already known,
the main source of greenhouse gas emissions is urban
facilities, not industrial facilities. When we consider the
amount of greenhouse gas emissions from city
construction and urban life, architectural strategies for
sustainable urban development are very urgent. An
architectural solution to the issues of urban environment
change and greenhouse gas is definitely required in the
area of urbanism, but discussion and practice have been
lackluster. Among the discussions on city, architecture
design to respond to climate change, the argument on
reclaiming of wood for modern cities as an architecture
material is avant-garde. Also, replacing concrete with
wood is certainly an alternative to future architecture for
greenhouse gas emission reduction and future architecture.
(13)

"Korea, a country that already exceeded 90% of
urbanization needs a new concept of urban construction.
Under the circumstance that new development such as
urban regeneration, wood is a key to solving carbon
emissions. Reducing greenhouse gas emissions by 37%
compared to BAU (BAU-850.6 million tons) requires
policies to reduce ultra-high energy; however, this can
only be achieved if urban development changes. That’s
why it needs to form the social consensus on changing
urban development made of existing concrete and steel
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frame to urban wooden architecture. In other words, it
needs to develop wooden architecture complexes rather
than individual buildings. 27 urban places in Seoul were
selected to be regenerated. If wooden architecture is built
on those selected areas, Seoul will be one of the leading
cities with environmentally-friendly features. Therefore,
if Seoul successfully adopts wooden architecture, this new
urban development can influence other regions across the
nation."(14)
4.2 STRATEGY FOR WOOD URBAN TECTONIC
Unfortunately tall wood buildings and wood urban
architecture is not expected soon due to the limited
technology of 1-hour fire resistance and maximum 4
floors and the legal system. Thus, practical progressive
strategies, which could promote and expand wooden
architecture are necessary. The first strategy is wooden
architecture of urban commercial housing or multiple
housing. It has become a monotonous space more than an
apartment complex because it built as profit-making real
estate without considering livability. If the commercial
housing can be replaced with column-beam structure
wooden architecture, not only well residential space but
also various types of residence can be provided. Creating
a complex living space can improve the quality of urban
life and make new urban landscape. If wooden housing of
90 square meter fixes about 20 tons of carbon dioxide, it
will save CO2 as much as single large wood building, and
this will be a carbon storage place called 'second forest in
a city'.
The second strategy would be to implement 'infill wall'
that can increase energy performance of old apartments
needed for redevelopment. It is very suitable current
Korean apartments, and especially it can be applied now
according to the current law. Therefore, wood architecture
is practical in urban planning. In general, apartments have
built-in insulation so a significant amount of energy leaks
to an outer wall. The leaking is a particular balcony has
changed into an indoor space, energy loss that only used
to generate in a side wall now generates thermal bridge all
over the veranda. Infill wall that fills the wall, based on
concrete main frame can increase thermal performance by
changing inside insulation to outside insulation. This infill
wall is so combined with various structures that it is
highly likely to be used as an economical wall
construction system applicable to large buildings.

5 A CHALLENGE OF WOODEN
BUILDING IN KOREA
Wood is a light-weight architecture material. Due to high
mobility and machinability, it is a convenient for
extension and renovation so it is relatively easy to handle
than concrete. But, it is opposite indeed. If you experience
the process of connecting small and large members, you
would come to realize it is rather complex and difficult
architecture to achieve. If it is not designed delicately and
meticulously, no desired result can be achieved.
Through modern architecture education, architects have

prioritized space creation through drawings, but wood
would remind us the essence of architecture. As past
carpenters did, this type of architecture is constructed by
a mixture of members. Tectonic is designed as 'the art or
science of construction, especially of large buildings" or
"the art of assembling the materials used in construction".
(15) If, 'A.H. Borbein’s remark that high-quality
architecture includes high-level values about the
combination condition of construction members and
methods is included, it expands the thought to urban
tectonic, going beyond the simple combination of
members'.(16)
5.1 THE PRACTICE IN KOREA
In Korea, architects focusing on wooden architecture are
divided into two groups. The first group experiments the
traditional architecture with an interest in various
possibilities and modernization of traditional architecture
as well as repairing and reproducing traditional Hanok.
This group revolves around Bukchon-Hanok village and
is leading the new field of Hanok. They are gradually
expanding the scope to non-housing from single family
housing such as hotel and golf club house etc. They are
trying to keep the originality of traditional way as much
as possible by using timber according to the principle of
tenon jointing. Of course, they can also be used for metal
joints need. The representative work is the hanok hotel
'Ragung' which hinted a possible reemergence of Hanok
and demonstrated modern timber architecture's ability to
popularize Hanok.

Figure 6: A Court of Hotel Ragung <source: http: //

news.naver.com/main/read.nhn>

The second group experiments the modern beauty of
wood in various ways, using engineering wood rather
than style or form of traditional building. Because of
this, the group actively uses a hybrid construction
method such as concrete or steel frame depending on
the design condition, and applies western metal joint
to a post-beam structure method. Architects have
different methods of using and expressing wood
depending on function and space of buildings such as
golf clubhouse, training institute, and library, but
unfortunately there is a limit to apply only to small
buildings with less than two stories.
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This group also interests post-beam wood house using
frame pre-cut method, not 2"x4" construction. As
mentioned, post-beam tectonic such ‘Hanok’ is
considered as the house connected tradition and
locality with wood culture. Concerning timber industry
in Korea, it is more economical to produce proper
thickness wood for post or beam than the Western 2"
series product. And also the architecture with the locality
in terms of consumption and production based on the area
is considered to be very positive. That is why architects of
this group try to design using the domestic wood product
as many as possible in spite of expensive construction
until now.

Research Building'(figure 8) are the project leading of
large-scale wood building. They are going to build up as
three to four-story buildings which is the maximum height
allowed by the KBC (Korean Building Code). According
to KBC, structural wood or wood-based structural
materials is limited to maximum height 18 meters or
lower and total floor area 6,000 square meters or less in
case of sprinkler installation. Both of two projects were
achieved through the post-beam method using Korean
larch. They consist of approximately 200 cubic meters of
timber and were built by combining wood and concrete.
In particular, 'Forest Genetic Resources Department
Comprehensive Research Building' is about 5,000 square
meter and 17.6m height which will be the biggest size as
wood building in Korea. The research centre consists of
an administration office, small exhibit lobby area and two
conference room for public and four divisions of the
research for private zone. Its research area and public
space are post-beam structure with glulam, but its
laboratory space consists of reinforced concrete structure.
The span of glulam structure is 4.8m by 6.6m for research
area and 7.5m by 4.2m for conference room for 2nd level.
The Floor height is 4.0m (ceiling height: 2.7m) but there
is not to be applying the exposed ceiling due to fire issues.
The floor made of wood-concrete composite slab to
secure fire resisting capacity. The façade is long 70m over
and is designed to be a variety of expressions of the wood.
This research centre is very meaningful to build using
domestic technology in the domestic wood even if the
absence of a state-of-the-art technology such as CLT of
tall wood building.
Through these big projects, KFRI announced on plans to
build a new five-storey apartment adopting the CLT at last
February. The CLT is already well-known techniques
necessary for a large-scale wood building, and then if the
proceeding as announced, the wood architecture in Korea
is also expected that developed rapidly.

Figure 7(a, b): The perspective for Medicinal Resources
Department Main Building, Yuong-Ju, (2014) (a) Main
Perspective<source: http: // www.kyeongin.com /main/view>,
(b) Front Facade
There is a turning point as the studies on increasing the
size and height of wood architecture. That is a series of
studies and projects on multi-level wood buildings by
KFRI (Korea Forest Research Institute). 'Medicinal
Resources Department Main Building'(figure 7) and
'Forest Genetic Resources Department Comprehensive

Figure 8(a): Forest Genetic Resources Department
Comprehensive Research Building, Suwon (2016) (a)
Elevations
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different looks like an organism. The urban future
depends on what people who construct cities think and
prepare for. It is certain that wood is an innovative
architecture material that an alternative for the present
issue of greenhouse gas emissions and take us closer to
zero energy architecture.
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6 CONCULSION
Wood architecture with multi-level is still rare in Korea.
What is required of us now is a systematic plan to tie the
research, design and construction as well as to increase
the amount of wood building. The lack of institutions and
building code support are also hindering advanced
wooden architecture to develop. Meanwhile, the
enactment of 'law on the sustainable use of timber' and the
establishment of 'Timber Promotion Institution' are
welcoming, and the restoration of wood culture is our
accumulated history and will be a new value opening up
the future.
Wood Culture is the social spirit and lifestyle which the
wood has a metal and physical influence on people.
Restoration of wood culture is connected to the success of
the wood architecture. Because of this, wood culture must
consider together the past, present and future. Wood is the
practical alternative that can replace concrete or steel.
Today’s wood is a functionally excellent and eco-friendly
as incomparable as the materials of the 20th century such
as concrete and steel. If ‘concrete’ is the material of the
20th century and steel is that of the 19th century, then wood
can be the material of the 21st century.'(18) As a skyscraper
were made possible thanks to the introduction of steel to
cities, the advent of new material and technology
involving wood can build a new, healthier environment.
We need to grow out of the old method that destructs the
environment and start developing a more sustainable
alternative. When the forest industry and architecture
could work closely together to develop the method that
plans systemic forest administration and uses Korean
timber for long, cities will change and develop, making
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WOOD IS GOOD?! – WORLDWIDE THREATS AND CONSEQUENT
OPPORTUNITIES FOR BUILDING WITH WOOD
Stefan Winter1
ABSTRACT: Wood is good! - A statement - used by the New Zealand wood promotion - which should face on a
World Conference of Timber Engineering no opposition. But - is it true without any restrictions? Aren’t there a lot of
prejudices of customers and pure rejections from other building industries and often from building authorities? Is the
material sustainable available? Are enough skilled workers and fabrication facilities and is enough knowledge
available? These and other questions are raised in the presentation and options for possible consequences, further
research, development of woodworking industry or education and knowledge spread are given.

KEYWORDS: Wood, threats, opportunities, availability, healthy living, resource availability, other markets, skilled
workers, sustainability, robustness, energy, recycling, quality, education

1 INTRODUCTION 123
In previous surveys in Germany more than 80% of the
participants mentioned, that they like wood and wooden
products, the atmosphere of wooden claddings, haptic
and smell. But up to today only 22 - 25% of the
customers decide to build their new home in timber and
only few of the big homeowner companies build new
multi-storey dwellings or office buildings. The resulting
market share is below 5%. Wood is good?
Many people fear in conjunction with the use of wood
low robustness, less fire safety, destruction of forests,
increased maintenance, etc. Wood is good?
And - indeed - also in the wood based industry concerns
against building with wood exist. There is more than one
sawmill owning prefabricated steel factory buildings.
And of course a buyers’ competition exists for raw
wood, e.g. paper production, bio refinery, energy supply
and the material use of timber. So - wood is good! But
wood is good only for the own purposes?
On the contrary many arguments exists for an increasing
use of wood as building material - in other words for
long-term material use: Carbon-storage, low primary
energy consumption, climate protection, sustainable
produced raw material, excellent physical, strength and
stiffness properties, easy to process, etc.
From a timber engineer’s way of looking at design and
construction it is a (nearly) perfect material!

1

Stefan Winter, Technische Universität München
winter@tum.de,
Chair of Timber Structures and Building Construction

Figure 1: Market share of wooden residential buildings in
Germany [Statistisches Bundesamt / Heinze GmbH, Holzbau
Deutschland Leistungspartner, Easymap - Lutum + Partner]
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Figure 2: Market share of wooden non-residential buildings in
Germany [Statistisches Bundesamt / Heinze GmbH, Holzbau
Deutschland Leistungspartner, Easymap - Lutum + Partner]

But do we have enough resources to extend the material
use of wood for and in buildings and in addition in other
sectors like automobile, aerospace, packaging and other
consumer goods? Are sufficient education and capacities
available to serve a growing market for building with
wood? Are we critical enough not to miss decisive
developments when discussing euphoric about the next
landmark of high-rise-timber buildings?
The lecture tries to show some of the threats (without
any claim to completeness) and to present hints, how
possible reactions could be developed.

The wood consumption of a wooden building is between
0,05 m3 - 0,08m3 per m3 cubature. In Germany around
290 mio m3 building cubature is build every year. If all
buildings would be build as timber structures a total
amount of 18.85 mio. m3 of products based on sawn
timber and almost 40 mio. m3 round wood are necessary.
Taking into account the actual rate of timber buildings
(see figures 1 and 2) of 17%, about 3.2 mio. m3 of sawn
timber is used for buildings, a percentage of only 15%. If
half of all the buildings would be build with timber, an
amount of around 10 mio. m3 is necessary, half of the
nowadays total production of sawn timber in Germany.
The lesson is
There is actual no problem in Europe to use more wood
as structural material, but to avoid friction with other
sectors three very important developments should be
observed.
+ The EU follows a strategy regarding bio-based
products to “make the economy more sustainable and
lower its dependence on fossil fuels.” [DG Growth www.ec.europa.eu] . Timber will play a vital part in this
strategy. Following rules of economy increasing prices
of raw wood shall be expected.
+ Due to the need to improve climate change robustness
of our forests and based on the re-organisation towards
nearly natural forests the amount of available hardwood
will increase, softwood will decrease. The abovementioned tendencies will be strengthened.
+ At same time environmental campaigners wish to
reduce the use of forests. They fight for growing
protection areas - not only in areas where threatened
species like the spotted owl (western North America)
shall be protected. Looking at the global loss of forests
they have very good reasons (figure 3). But the reaction
should be not to fight against the use of wood worldwide
but to support sustainable foresting and afforestation
everywhere and the use of forests to create a sustainable
economy.

2 WOOD AVAILABILITY
In Germany the long-term mean value of wood harvest
per year is around 55 mio. m3 with peaks of up to 76.5
mio m3. The mean value of wood harvest per year in
Europe (EU-28) is around 425 mio. m3 with Sweden as
the leading nation, harvesting around 75 mio m3. The
annual production of sawn products in EU-28 amounts to
100 mio. m3, in Germany to 21.5 mio. m3 [eurostat www.ec.europa.eu]. An interesting point is the
decreasing amount of harvested softwood (-13.9 %) and
in the same period 2007-2013 an increasing amount of
hardwood (+13,3%). The actual rate is 1/3 hardwood to
2/3 softwood.
Today mainly softwood is used as construction material.
Sometimes hardwood is used in special applications, but
not in a wide range.

Figure 3: Worldwide annual net change in forest areas

Consequences
Research & development (R&D) is necessary to enable
increasing use of hardwood in construction, new
materials must be developed. A rediscovery of veneer
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technology is probably one key. Examples like the new
LVL out of beech [Baubuche by Pollmeier,
www.pollmeier.com] are promising first steps to use not
only hardwood as a resource but also the compared to
softwood increased strength and stiffness properties.
Even if resource-efficiency is contradictory to carbon
storage we have to fine-tune and should use massive
timber structures like CLT and geometrical optimised
timber products as e.g. I-Beams well balanced.
A political discourse is required. We as designer and
engineers should participate and fight for the use of the
worldwide most important and sustainable producible
construction material. Of course production of raw wood
must be based on sustainable forestry and a sufficient
protection of the environment. But it is meaningful to
use the forests as a source of material. And there are
many reasons to do so, e.g. the increased uptake of CO2
of young forests, protection of non-renewable resources,
reduced use of primary energy, etc. Looking at other
regions worldwide we should also discuss a wider use of
plantation economy to grow more wood in Europe, but
of course not based on the extensive use of plant toxin
and environmental destruction.
At least we have to fight for the preference of material
use of wood - thereafter recycling, recycling and
recycling - and only at the last step energy production.
Even today there is a substantial number of wood waste
in the market. The amount of used wood in Germany per
year is estimated to 6 mio. t which gives around 13 mio.
m3 volume, compared to the amount of yearly produced
sawn timber 60 %. It will increase in future due to the
growing use of wood. Only 19% of the wood waste is
used for material recycling, most of it is burnt. A wide
field of innovation!
That includes more R&D towards the recyclability of
wood and timber structures and the applicability of used
wood. And there is a need to design structures today
taking into account recycling and urban mining in the
future. Engineers should learn to act like foresters acting now without being able to harvest. This includes
e.g. not polluting a pure, kiln-dried timber with chemical
treatments or fire retardants if clever design provides the
same performance.

Figure 4: Bio refinery

Looking at the wide range of bio-refinery (figure 4), we
should also search for closer connections and common
research with this area. Multi step processes are of
interest, e.g. first to extract wood ingredients interesting
for the chemical industry from strands and then produce
OSB or other panels with the positive side effect to
extract ingredients which are of interest for fungi and
insects destroying our material. Or we learn to use ‘wood
liquids’ for additive manufacturing (3D-printing) of
timber materials.
Last but not least: It may sound strange, but we should
strengthen our efforts to motivate and enable the regions
with high loss rates of forest areas to increase the
material use of wood, especially building with wood.
This will lead to higher values of raw wood, foresting
will become a worthwhile investment and forests will
not longer disappear to give place for agricultural use,
e.g. to grow cane for fuel.

3 WOOD PARASITES
Wood is a natural material - no wonder it is also of
interest as food and habitat for other species. Some of
them are living and growing in and on trees, others use
deadwood or wood in use.
Wood destroying fungi are less dangerous, as they need
moisture levels above fibre saturation (um ≥ 30 - 35%). A
well-designed timber structure is constructive protected
against outer and inner moisture sources, like driving
rain. Dry timber (um ≤ 20%) is no subject of wood
destroying fungi. Kiln dried timber is also not attacked
by wood destroying insects, like house longhorn beetle
(hylotrupes bajulus) or common furniture beetle
(anobium punctatum). Investigations in Germany
showed, that a mid temperature in the timber during
drying process of T ≥ 55°C is sufficient to destroy
probably living fresh wood insects like Sirex woodwasp
and also to destroy attractiveness for other insects.

Figure 5: Mountain pine beetle (dendroctonus ponderosa)
[www.en.wikipedia.org]
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But other insects jeopardize the woodworking industry,
timber structures and forests.
An example is given in figure 5. The mountain pine
beetle was able to infect large amounts forest area in
western North America

Figure 8: Termite distribution worldwide [www.holzfragen.de
- Dow Agrosciences company]

Figure 6: Mountain pine beetle infected area in Colorado
[www.en.wikipedia.org]

Climate change might have helped to support the
outbreak. Flying out of e.g. Vancouver to Europe it is
amazing to see the size of infected areas. As the tree dies
a lot of dry timber on the stock is available,
unfortunately with reduced quality caused by cracks,
blue stain etc. Similar phenomena occur in hardwood
forests, e.g. caused by Asian longhorn beetle
(anoplophora glabripennis). Also in Europe problems
occur with this beetle and also with other species of pine
beetles. The advantage in Europe is the accessibility of
the forests, allowing more active enforcement
operations.

Figure 9: Termite distribution worldwide [www.holzfragen.de
- Kutnik, M. 2009]

Up to now, termites are limited to areas with warm - to
hot climates, but also in Mid Europe we observe
permanent increasing temperatures with hot summers
and mild winters.
The lesson is
Wood resources for material use are not only limited by
available forest areas and other protagonists searching
for raw material; also natural phenomena endanger the
usable amount of timber. And changing distribution of
wood feeding insects may jeopardize structures in up to
now unknown areas.
Consequences
As a direct consequence North America started to use
beetle pine for new products like CLT or modified
glulam. Further development and material research and a
close cooperation with forest research are needed to
discuss more about timber forests produce and vice versa
properties woodworking industry expects.

Figure 7: Asian longhorned beetle distribution in USA
[www.invasive.org/gist/products/gallery/regionlist.html]

Another effect of climate change might be a further
distribution of termites. Figures 8 and 9 shows the actual
population area of termites in USA and in Europe. These
insects are wood destroying, very agile and difficult to
tackle.

And a very simple consequence may be to use more
timber to tackle climate change.
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4 HEALTHY LIVING
Most of the people in Europe, who decide to build a
wooden building, love to live with wood and in wooden
structures. In Germany it is more often a status symbol
to own a wooden house and not a signal for pressure to
choose a cheap solution.
Many of them are also convinced that wooden structures
and especially visible wood structures influence indoor
climate in a positive way, e.g. by moisture buffering.
And they love the smell and the ‘feeling’ when coming
home.

Figure 10: Customers in their beloved wooden environment
[e3 - 7 storey wooden dwelling, Berlin. Architects: Kaden +
Klingbeil, Berlin]

But - there is a growing threat created by a contrary
movement. They claim, that wood emits Volatile
Organic Compounds (VOC) and mainly wooden
products also formaldehyde.
As an example we fight in Munich since several years
with a fraction in the city council opposing the erection
of new kindergartens in wooden structures. They fear
pollution with VOC. As a compromise they accept today
wooden surfaces out of European silver fir but structures
out of pine are not allowed, based on a very low
emission rate of VOC in the first case, a comparatively
high in the second case.
A solution to fix a limiting value for TVOC (Total
Volatile Organic Compounds) which can be validated
does not yet exist, only first proposals for limitations,
e.g. by Schneider [1] in1999. Due to the number and
unknown mix of different chemicals it is very difficult to
find objective methods and to separate the sources of
VOC. But since 2003 there is a benchmark (limiting
value) for terpenes (α-pinene) of 2 mg/m3 peak and 0.2
mg/m3 permanent and since 2007 guide values for
TVOC mg/m3 of e.g. less than 0.3 classified as ‘hygienic
uncritical’ [www.umweltbundesamt.de].
The lesson is
Even if there are very interesting studies about the
positive influence of living in wooden structures [e.g. 2]
showing positive effects to heart beat frequency, stress

reduction and other factors of well-being, opposing
movements fearing the ‘sick-building-syndrome’ try to
increase limitations of VOC in indoor environments,
independent of the sources of VOC - natural or artificial.
Unfortunately the sources of activities towards
increasing restrictions of values are sometimes invisible
and also the background is in some cases based on
questionable scientific studies. Sometimes it seems that
competing materials are encouraging those attempts.
Consequences
It is of importance to know and document exactly which
materials are used to build. This documentation needs
attention and efforts, as it is often difficult to receive all
information from product producers. But it is necessary
to be able to differentiate sources of emissions in case of
measurements of indoor air after completion of a
building site.
As VOC are volatile (nomen est omen) sufficient air
ventilation is required, increased after or during
finalization of the building. The nowadays airtight
building envelope of Passive Houses or Plus-EnergyHouses combined with effective air ventilation with heat
recovery gives normally sufficient air change rates.
Preservative treatments or the use of fire retardants
indoor of structural timber should be avoided wherever
possible - it creates additional advantages, see beyond
remarks to recycling.
Together with physicians and psychologists further
investigations are necessary to be prepared if further
tightening of benchmarks of TVOC are promoted and even better - to proof positive health effects of timber
surfaces.
At TUM we started a new research project ‘HOMERA’
[3] in 2016 to investigate positive effects of timber to
indoor air quality and to collect the worldwide state-ofthe-art. The R&D pre-project is planned to end in a
common research application with physicians and other
human health related disciplines on national or
international level. Expressions of interest are welcome!

Figure 11: Swiss pine - wood with high emissions of VOC
(natural terpene) - healthy or dangerous to health?
[www.wikipedia.org]

WCTE 2016 e-book | 42

5 ENERGY

energy factory, as it is equipped with solar panels on
roof and walls and a big battery buffer in underground.

A lot of people have concerns about the availability of
sufficient energy supply in near future. Figure 12 shows
a forecast published by solar energy producers. It is
based on publications of the International Energy
Agency (IEA) and you will find a number of similar
prognostic data on many websites. The common content:
Oil production peak is reached but energy hunger of the
planet is still unbroken, a horizontal tangent not in sight.
Looking at figure 12 you might think it is really
optimistic, and it is. Similar graphics of wind energy
promotion shows much more higher rates of wind energy
but same tendency.

Figure 13: Wood power plant - Binder, Fügen, Austria
[winter]

Figure 12: Energy consumption worldwide and necessary
coverage rate by renewable energy [www.solarwirtschaft.de]

The lesson is
Even if we see very low oil and energy prices at the
moment, we have to expect shortcuts of energy supply in
future. As the built environment is responsible for 35 40% of the total energy consumption, there is a great
liability towards coming generations to minimize it.
In addition: If wind and solar industry is not able to
cover the developing gaps it will leverage the energy use
of wood.
Consequences
The timber sector should be prepared to rising prices of
raw material, probably not soon but in a long-term
perspective. In addition to the other above mentioned
industries in the wooden sector energy supply might be a
big driver. Even nowadays the big woodworking
industries like binderholz are using the raw material
completely - there is no waste but renewable energy see figure 13!
The need to reduce energy consumption of buildings in
use is a big chance for timber structures. Not only in
pure timber buildings but also in hybrid buildings.
Figure 14 shows the ‘Active-Townhouse’ of ABG in
Frankfurt/Main, Germany. It is a concrete structure but
the envelope is made of highly insulated, prefabricated
external timber frame walls. The building is also a little

Figure 14: Active-Townhouse of ABG, Frankfurt a.M.,
Germany, Architects HHS Planer und Architekten AG, Kassel
[www.hhs.de and Bundesministerium für Umwelt, Naturschutz,
Bau und Reaktorsicherheit ]

But not only for new buildings prefab timber structures
are ideal, also for the refurbishment of existing buildings
and additional top-on-roof structures they are based on
their
lightweight
ideal
solutions,
see
e.g.
www.tesenergyfacade.com.
Finally the idea of windmills out of timber should be
further followed. It is a pity, that the ‘Timber Tower’
project was up to now not a successful business, but all
the research and results of the pilot project demonstrated
that it is in principle a sustainable and practicable
scheme. The potential should be looked at not only in
Europe.
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Figure 16: Moisture caused damage in a multi-storey external
wall in Frankfurt, Germany [winter]

Figure 15: Timber Tower windmill in Hannover, Germany
[www.timbertower.de ©timbertower]

6 QUALITY MANAGEMENT AND
INDUSTRIALIZATION
Interesting new projects, 30-storey buildings, growing
markets of multi-storey buildings, sustainability and
LCA as a driver, tackling climate change.....even if there
are some threats - the structural timber sector is an
exiting and vibrating area.
But who will do all the necessary work? Do we have
enough skilled workers? And is a risk existent that worse
examples of e.g. moisture damages or fire incidents
caused by a lack of knowledge and quality will seriously
bounce the development?

Figure 17: Colindale fire London, 2006 [www.london.gov.uk]

Consequences
Both - fire and moisture risks can be minimized by
sufficient
detailing,
skilled
workers,
further
industrialization of our prefabrication processes and
quality management.
All of it is combined: You will be able to recruit
motivated and skilled workers if you are able to provide
a work place similar e.g. to automobile industry. An
industrial environment also facilitates quality control.
Prefabricated elements need a complete detailing; a
house is treated more as a machine than a building.
In addition the completion of fire protective cladding
off-site provides from the beginning of erection on-site a
sufficient fire safety.

Unfortunately there are two main risks:
+ moisture damages caused by insufficient detailing and
quality management of moisture protection (figure 16)
+ fire incidents during erection (figure 17) and
uncontrolled fire in multi-storey buildings due to
insufficient detailing and quality management of fire
protection, e.g. of installation of fire shutters
Both - fire and moisture risks are directly related to the
skills of planners and workers.
The lesson is
A growing market of timber structures will reduce
business of other areas, e.g. the brick producing industry.
Of course they will try - often supported by an excellent
lobbying machine - to tackle the timber sector, if
damages will occur to an extent above their own failure
rate.

Figure 18: Prefabrication of timber frame elements at
company Regnauer, Bavaria [winter]
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Especially for high-rise buildings additional research is
necessary to improve moisture and fire safety to secure
an equivalent level of safety and quality compared to
other materials. An international project ‘Tall facades’
dealing with moisture safety is running at NTNU,
SINTEF, SP Wood Technologies, FCBA and TUM [4].
A new application ‘TIMplus’ of TUM together with TU
Braunschweig and FH Magdeburg was forwarded in
May 2016, aiming at the fire safety of multi-storey
timber buildings also with visible timber structures.

7 EDUCATION
Skilled workers are one very important part of the
complete teams necessary to create effective, safe and
nice timber buildings. But it starts with a timber suitable
design and needs a number of corresponding expertises
from building physics to HVAC design.
The complete necessary chain is given in figure 19.

Figure 19: Chain of knowledge necessary to create excellent
timber buildings [winter]

The lesson is
Education and experiences is needed. But most of the
education and experience in practice in the building
sector is related to concrete, masonry and steel - not to
timber. This is a critical situation as timber structures as
mentioned above need in some extent special knowledge
and skills. It is a natural material with some specific
properties to be taken into account during design and
building.
But timber had - compared to the other main
construction materials - a low market share and was in
many countries after World War II of lower importance.
The consequence is up to now an under-representation in
the academic world of architects and engineers. E.g.
there are in Europe only two special chairs of timber
architecture at Aalto University, Helsinki (Prof. Pekka
Heikinnen) and at TUM (Prof. Hermann Kaufmann)
available. Also at the so-called TU9, the leading 9
Technical Universities of Germany, only at 5 universities
are chairs of Timber Structures available.
Consequences
In this case very short - the timber sector has to fight for
more chairs in the academic sector, must develop and
introduce timber specific workman education and should

not forget the level between, the practice oriented
engineers and masters necessary to create the required
detailed planning and execution.

8 CONCLUSIONS
Many challenges we faced with are not limited to timber
construction and architectural design. We have to fight
for the availability of our resources and the free use of it.
We also have to fight for a clear preference of material
use first - afterwards followed by recycling and energy
production. And we should search closer cooperation
with forest industry and other woodworking areas like
bio-refinery. Only to fight about resources is misleading,
common efforts are necessary to optimize the use of our
unique material wood - starting with recycling friendly
timber structures and ending with wood modification.
To enable progress research and development is
necessary. Actual there is a big potential to increase
these efforts. The wood related sector is far away from
the ideal scenario of investing around 3% of turnaround
in R&D.
And we need more exchange of knowledge in the
complete sector and worldwide. To often mistakes are
repeated by missing knowledge and experience of other
experts. A very regrettable waste of resources - to many
interesting new issues could be explored - see above.
The community participating at the WCTE conferences
is a very good starting point for further development,
common discussions, creating of R&D networks etc.;
hopefully we will have in future more visitors from e.g.
Africa and South America - it would be great to support
to an higher extend further wooden and sustainable
development in this exiting regions.
To awake enthusiasm in young people for wood - that’s
not a problem. Many of them are aware that we have to
develop a sustainable society and realize that the use of
wood is probably an important key to steer spaceship
earth.
Final remark
Data and the described situation are in many cases
related to European or national German situation, as the
basis is the main wealth of experience of the author.
Reflections, comments and discussions from and with all
other regions of the planet are more than welcome!
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RECENT ATTEMPTS ON TIMBER STRUCTURES IN JAPAN
Kaori Fujita1 and Mikio Koshihara2
ABSTRACT: This paper attempts to introduce the recent situation of timber structures and timber architecture in Japan.
Examples of fire resistant timber structures, light frame construction, new application to public buildings and Cross
Laminated Timber structures are introduced and discussed.

KEYWORDS: fire resistant timber structure, light frame construction, CLT

1 INTRODUCTION 12
1.1 HISTORICAL BACKGROUND
This paper attempts to introduce the recent situation of
timber structures and timber architecture in Japan.
Through the devastating damage of the 1923 Great Kanto
Earthquake and the Second World War, the national
government of Japan and the Architectural Institute of
Japan took strong measures to reduce new construction of
timber buildings. This was mainly due to the fact that the
urban district was heavily burnt down by the two incidents.
The timber construction was restricted to no more than
13m in height, 9m at the height of eave and floor area of
500m2. Therefore for the post war Japanese, timber
structures meant low rise detached houses.
The situation changed when in 1987 the Building
Standard Law of Japan was revised and the height
restriction to timber structures were released in the case
of using large dimension engineered wood, more
specifically laminated wood. Due to this revision large
scale timber structures started to be designed and built in
Japan from the end of 1980’s.
1.2 FIRE RESISTANT TIMBER STRUCTURES
In 1998 the Building Standard Law of Japan took a large
shift to implement performance based design. The
revision was enforced in 2000 and the fire resistance of
timber structures was ensured by not only by prescription
but by performance based design. Before this revision, it
was not possible to build timber structures over three
stories in the urban districts as most of the urban districts
are assigned as fire prevention district, where only “fire
resistant structures” could be built.
There are three solutions in realizing fire resistant timber
structures in Japan today: 1. covering the timber with
inflammable material, 2. inserting steel in the timber
1
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element and 3. inserting a burning stoppage layer. Out of
these three, two examples are introduced in the section of
2. FIRE RESISTANT TIMBER STRUCTURES.
In order to promote fire resistant timber structures in the
urban district, to realise mid story multi family housing by
light frame construction is one of the new challenges. The
light frame construction was implemented into the
Japanese standard in 1974. The market share of the light
frame construction, called 2 by 4 construction system in
Japan, has increased gradually and today it is
approximately 25% of the new construction of houses.
Mid rise light frame construction which is prevalent in
western countries, is starting to be constructed in Japan.
The recent attempts are introduced in 3. LIGHT
FRRAME CONSTRUCTION
1.3 PUBLIC BUILDINGS
In 2010 the Ministry of Land Infrastructure, Transport and
Tourism (MLIT) has enforced “Law for the promotion of
using timber in public architecture”. This is to promote
using timber in public buildings mainly from
environmental point of view. In the case of building new
public buildings, timber has now become one potent
option, which is a new movement. New trials to
implement affordable mid size dimension laminated wood
into non-housing scale buildings are now being operated.
Examples of the recent attempts are introduced in 4. NEW
APPLICATION TO PUBLIC BUILDINGS.
1.4 CROSS LAMINATED TIMBER (CLT)
The new engineered wood material CLT developed in
Austria in around 1995 is now starting to be used in Japan.
There are still many obstacles, the new trials are
introduced in 5. CLT.
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2 FIRE RESISTANT TIMBER
STRUCTUREs
2.1 WOOD SQUARE BY POLUS
One of the three systems in Japan for realising fire
resistant timber structure is to insert steel inside the timber
element. The third building in Japan to use this system
was designed and constructed by Polus Group, a major
house making company in Japan for one of their group
main Office Polatec. The steel members are covered with
60mm thick larch, constituting a timber steel composite
member. In this building 600 of these members are used.
Architects and Construction: Polatec of Polus Group,
Timber steel composite structure 4 Story with
Basement, Location: Koshigaya city, Saitama, Japan

2.2 APARTMENT HOUSE IN SHIMOUMA
A five story apartment house (multi-family housing) in
the urban district of Tokyo. The location is a quasi- fire
proof zone, therefore securing the fire resistance was the
largest challenge. The project started in 2004, when there
were still no fire resistant timber elements in Japan.
Therefore the column, floor and roof elements were tested,
evaluated and authorized as fire proof structure by the
Ministry (MLIT). The actual construction started in 2012
and finished in 2013. The first floor is two hour fire
resistant reinforced concrete structure and 2nd to 5th floors
are one hour fire resistant timber structure. The floors are
two layers of 120mm thick massive holz constituting a flat
slab, supported by timber columns. The horizontal load is
designed to be carried by the timber brace facing the
exterior glass. The column, floor and roof are all covered
by gypsum board to realize the fire resistance, but the
brace is not covered and timber is apparent, based on the
assumption that fire and earthquake would not occur at the
same time.
Architects: KUS Architecture + team Timberize, Structural
Design: Mikio Koshihara, Koji Sato, Fire Proof Design:
Noboru Yasui, Structure: Timber(2-5th Floor), RC (1st Floor)
Location: Setagaya, Tokyo, Total Floor Area: 372.15㎡

Exterior View of Wood Square

Exterior of Apartment house
Interior View just after construction

Steel Inserted timber element under experiment

Interior view underconstruction
© POLUS Corporate Group
Fig.1 Wood Square: Main Office of Polatec, 2012

Interior View if Apartment house

Timber brace of Apartment house
© KUS architecture
Fig.2 Apartment House in Shimouma, Tokyo, 2013
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3 LIGHT FRAME CONSTRUCTION
3.1 FIVE STORY NURSING HOME FOR
ELDERS: Hanabatake Asuka En
On June, 2016 the largest light frame construction in
Japan was constructed by Mitsui Home, one of the largest
light frame construction companies in Japan. The building
is of five story, the first floor of reinforced concrete and
the top four floors of light frame construction. The total
floor area is 9,773m2. The building is an intensive nursing
home for elders with 160 rooms together with day care
centre and nursing support office. As the Japanese
demographic is inclined to elders the importance of this
type of building has been increasing prominent. The
building is situated in downtown Tokyo, it was essential
to secure the fire proof regulations. The structure of the
building is characterized by the mid ply wall system and
the tie down fastener to resist the large uplifting force.
Construction: Mitsui Home
Structural Design: Nihon System Sekkei., Structure:
Timber(2-5th Floor), RC (1st Floor), Total floor area:
9,773 m2

3.2 SIX STORY EXPERIMENTAL BUILDING:
HRT PROJECT 6
A six story light frame construction building was designed
and built in the Building Research Institute on March,
2016. The project was to design and construct a first six
story timber building in Japan experimentally, and
intended to develop and evaluate elements of two hour fire
resistant timber structure. More specifically, the vertical
displacement including creep deformation of the floor,
earthquake response, wind and water resistance at the
openings, sound insulation of the floor and durability of
the building to aging are monitored.
Many types of wall and floor systems were used for
experimental reasons. For the first and second floors,
“high strength shear wall” with 12mm plywood nailed on
both sides of the frame (standard is 9mm) were used. And
two hour fire proofing was introduced. For the third and
second floors mid ply wall was used. Instead of the hold
down fastener which is normally used for three story or
less, “tie-down fastener” which has approximately ten
times larger strength was used. Different floor systems
were used for each floor: CLT, stress skin panel, LVL, I
joist and parallel chord truss. The result will be adopted in
the “Guide to Design of Light Frame Construction” and
promotion of mid rise light frame construction in Japan.
Original Design: 6 Story Experimental Building
Construction Project Team of the Japan Two-by-Four
Home Builders Association, Structural Design: Nihon
System Sekkei, Structure: Timber 6 story, Location: BRI,
Tsukuba, Ibaragi

Exterior view

Exterior View

Section of HRT

Construction of third floor

Installation of mid ply wall
© MITSUI HOME CO., LTD.
Fig.3 HANABATAKE ASUKA EN: Intensive Nursing
Home for Elders, 2016

Shear wall and tie down
fastener
© Building Research Institute and
Two-by-Four Home Builders Association
Fig.4 HRT Project6, 2016
Interior View
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4 NEW APPLICATION TO PUBLIC
BUILDINGS
4.1 GUNMA AGRICULTURAL TECHNOLOGY
CENTER
An agricultural technology center of the local government
(Gunma Prefecture), located north-west of Tokyo. The
building structure consist of three steel posts, large timber
roof and tension rods at the edge. The large thin timber
roof resembling a tent covering 23m in span, is designed
to deform from its own weight. The timber roof consist of
two layers of diagonal lattice membrane of E50 Japanese
cedar (90*75mm*4m). The longest beam connecting six
4m beams in length and securing the edge with tension
rods. The creep deformation was tested on the beam
applying 30 kN tension for one year and three months.
Architects: SALHAUS (Motoki Yasuhara, Masashi
Hino, Mari Tochizawa), Structural Design: Jun Sato
Structural Engineers Co., Ltd. Structure: Timber Steel
Composite Structure, 2 Stories, Total Floor Area: 2352
m2 Location: Gunma Prefecture, Japan

4.2 NEW MUNICIPALITY OF SUMITA CITY
The municipality building of Sumita city a northern
eastern mountainous city in Iwate Prefecture was rebuilt
in 2014. The cedar from the forest of the same city was
used. The 22m span string beam is made of mid size
dimension laminated wood, the shear wall is of 90mm
sawn timber used as inclined lattice. The horizontal load
resistance of the shear wall was tested and evaluated
(maximum horizontal load more than 80kN). The building
is a quasi fire proof structure, by using sprinklers 1,200m2
open space without fire protection division was realised.
The structural design is by Professor Masahiro Inayama,
of the University of Tokyo.
Architects: Modern Architecture Institute + Nakai
Architects INC, and Maeda Corporation JV,
Structural Design: Holzstr (Prof. Masahiro Inayama),
Timber structure two story, Quazi fire proof, Total
Floor area: 2883m2, Location, Sumita city, Iwate

Exterior View of Sumita City Municipality
Exterior View

Experiment of shear wall

Interior View of the roof and steel column

View of Experiment
© Jun Sato Structural Engineers Co., Ltd
Fig.5 Gunma Agricultural Technology Center, 2013

Interior view of Entrance Hall
© Holzstr, Masahiro Inayama
Fig.6 Table Municipality of Sumita City, 2014
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4.3 KITAZAWA ARCHITECTURE MAIN OFFICE,
FACTORY BUILDING
A factory building for an architecture office, the building
is a private building, but the methodology is highly
applicable. The roof structure consist of tree shaped truss
with louver style brace and purlin, so that the weight of
the roof is distributed and supported by compression as in
an arch. Due to this effective structure system the 18m
span was possible by only using sawn cedar from the local
forest. This large structure was constructed only by the
carpenters of the local district using their local timber in
Nagano.
Architects: Fumiko Misawa/MOK-MSD, Structural
Design: Inayama architectural design office, Total
Floor Area: 499m2, Timber structure one story
Location: Kami-Ina, Nagano

5 CROSS LAMINATED TIMBER
5.1 PROTO TYPE CLT ARCHITECTURE:
HASEMAN PROJECT
The building is a rest space and office inside a timber precut factory in Gunma prefecture, north west of Tokyo. The
project was funded by the Agency of Forestry as a
demonstration building for making a prototype of CLT
architecture in Japan. As CLT is a new timber material in
Japan the structural data for design is still insufficient.
This building adopts the CLT member as structural wall
into the conventional timber post and beam construction,
to simplify the structural calculation to allowable stress
design.
Architects: Satoru Yamashiro + buildinglandscape,
General contractor: Haseman inc. Technical advice:
Mikio Koshihara, Total floor area: 55m2, CLT wall
construction, Location: Tatebayashi city, Gunma

Interior View

Interior View

Interior view of the roof truss

Construction of the roof truss
© Holzstr, Masahiro Inayama
Fig. 7 Kitazawa Architecture Main Office, Factory
Building, 2010

Exterior View

Detail of wall and floor
© buildinglandscape
Fig.8 Haseman Project: Proto Type CLT architecture,
2014
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6

CONCLUSION

The recent movement of timber architecture together with
project mostly after 2010 in Japan were introduced. The
implementation of the performance based design in 2000
enforced the realization of fire resistant timber structures.
Experiments on the fire resistance of timber elements as
well as the total structure especially school buildings has
been operated during these years. Two early examples of
five story fire resistant timber buildings with fairly large
dimension timber were introduced, together with a five
story light frame construction. The realized projects are of
first floor reinforced concrete and the top four stories
timber. Six story high light frame construction building
was built experimentally in the Building Research
Institute. It is now being tested from many viewpoints, the
results of which will be reflected into the design
guidelines.
The enforcement of the “Law for the promotion of using
timber in public architecture” in 2010 by the Ministry of
Land Infrastructure, Transport and Tourism (MLIT) had a
large impact on the promotion of the use of timber to mid
rise buildings. Today many of the local government
operate proposal competition when constructing the
buildings of the local government. And the timber
structures has become one effective choice, which was not
so before this enactment. Many architects and structural
engineers are now implementing timber structures into
their design. New structural systems based on structural
experiments are now being designed and constructed.
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OPPORTUNITIES AND LIMITS OF TIMBER IN CONSTRUCTION
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ABSTRACT: Wood has to be seen as a complex biological structure, a composition of various cell types and
chemistries acting together to serve the needs of a living tree which are mechanical support, transport of water, storage
and the synthesis of bio-chemicals. All fundamental properties of wood, such as physical, mechanical, chemical,
biological as well as the technological utilization of wood as a material are derived from the fact that wood is formed to
meet the needs of the living tree. Wood as one of the most traditional materials lost track in the new material design of
the synthetically produced materials and composites but new approaches in wood modification and Engineered Wood
Products paired with environmental benefits pave the way for a wider application in the building sector. Additionally
some trade-offs and limits for an increased future use of wood in the construction sector is discussed.

KEYWORDS: Timber in construction, biomaterial wood, material selection, wood availability

1 INTRODUCTION 123
A tree is a perennial, vascular woody plant with a root
system and an elongated stem, or trunk, supporting
branches which form the crown. The vascular cambium
is a narrow layer of cells located between the inner bark
and the stemwood, which produces living cells to the
bark and the sapwood (Fig. 1). The tissue of living cells
around the cambium and the physiological active cells of
the inner bark and outer xylem (sapwood) is fairly small
compared to the full cross-section of the stem. But this
small part of the tree is an important active part of the
whole metabolism of a tree and the photosynthesis in the
leaves/needles. The fascinating photosynthesis process
transforms CO2 of the atmosphere into carbohydrate
compounds (sugars) as a basis molecule for the further
very complex biochemical process of wood formation
which is summarized by [1]. Photosynthesis products as
nutrients for the cell metabolism in all living parts of a
tree travel downward and are distributed through the
inner bark of the stem and water and minerals from the
roots are flowing upwards to the crown through the
sapwood (Fig. 1).

tree. Wood evolved over the course of millions of years
to serve three main functions:
•
•
•

conduction of water from the roots to the
leaves/needles
storage and synthesis of bio-chemicals
mechanical support of the plant body
incorporating the roots and the crown with their
many branches and the leaves/needles

First of all, wood has to be seen as a complex biological
structure, a composition of various cell types and
chemistries acting together to serve the needs of a living
1

Alfred Teischinger, University of Natural Resources and Life
Science, Vienna (BOKU Wien), Institute for Wood
Technology and Renewable Materials
alfred.teischinger@boku.ac.at

Fig. 1. Main parts of a tree and their function, where carbon
dioxide from the atmosphere is captured in the leaves and
needles of the crown and oxygen is released by the biochemical
process of the photosynthesis in order to produce
carbohydrates as nutrients for the metabolism of the whole tree
(derived from[2])
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But also the function of the outer bark, which provides
mechanical protection to the softer and physiological
active inner bark, helps to limit evaporative water loss
and protects the UV-sensitive lignin from the deteriorating radiation of the sunlight, has to be highlighted.
All fundamental properties of wood, such as physical,
mechanical, chemical, biological as well as the technological utilization of wood as a material are derived from
the fact that wood is formed to meet the needs of the
living tree. By understanding the function of wood in a
living tree, one can better understand the strengths and
limitations it presents as a material.

2 HIERARCHICAL STRUCTURE AND
CHEMICAL COMPOSITION OF
WOOD
Wood is a very efficient structure consisting of a macromolecular compound of cellulose, hemicellulose and
lignin as building blocks for multilayered cell walls in a
sophisticated hierarchical structure as shown in Fig. 2.
The trunk of a tree is able to push the crown towards the
sunlight in order to collect the energy of the sun for the
photo-synthesis still connecting the roots in order to stay
rooted and to convey water, minerals and nutrients along
its axes. In this competition for sunlight on the one hand
and the access to water and minerals from the soil on the
other hand, the trees have become the most successful
plants on earth in the course of the evolution. The tallest
trees reach a height of more than 100 meter and without
human interference, a major part of the earth´s surface
would be covered by forests. For a plant to reach such a
height, its main wooden structure needs to be light (see
Table 1), rigid, but to some extent flexible in order to
bear the crown against adverse weather conditions.

Considering the elements building up the molecules
which compose the biopolymer structure of an
interconnected network of cellulose and hemicellulose
(both considered as carbohydrate polymers) and lignin
(amorphous, highly complex, mainly aromatic polymer),
as shown in Fig. 2, with minor amounts of extractives
and inorganics, carbon, oxygen and hydrogen are the
dominating light-weight elements (compare Table 1).
Synthesizing wood via the photosynthesis and wood
formation process also is a carbon capture process as
long as the bio-synthesized wood is a constituent of a
living tree or is used as a material in the wide array of
wood utilization.
Lignocellulosic materials, such as wood, can be
decomposed by biological attack (enzymatic degradation
into smaller units by specialized enzymes of wood
decaying fungi under specific wood moisture conditions
etc.) but also on heating the wood material. As the
molecular structure of the buildings blocks such as
cellulose, hemicellulose and lignin contain so-called
chemical energy, wood decomposes under elevated
temperature by dehydration and breaking internal
chemical bonds. Under specific conditions this complex
wood degradation process via pyrolysis and combustion
becomes exotherm, transferring the chemical energy of
the organic wood constituents into heat, just leaving a
very small fraction of inorganic matter as ash.
The potential biological and thermal degradation of
wood as a material can be seen as a challenge and
limitation (e.g. in the case of fire hazard) but also as an
advantage in the cascadic use of wood and a circular and
quasi-CO2 neutral material economy, where recovered
wood can be transferred into heat and power in
incinerations plants.

3 BIO-BASED AND SYNTHETIC
MATERIALS – A SHORT
COMPARISON
Wood is synthesized by nature, most of the other
engineering materials are synthesized and fabricated by
man and this makes the big difference between wood
and the synthetic materials. Wood is a result of millions
of years of evolutionary material optimization in nature
to meet the needs of trees and to make the tree one of the
most successful plants on earth. Wood is formed in a
dynamic, but perennial process of material synthesis
according to a recipe stored in the genes, rather than
being fabricated according to a technical design by man
whereas synthetic fabricated materials are to meet a
certain design. This makes a big difference in the design
strategies of bio-based materials and technical
engineering materials (Table 1).
Fig. 2 Scheme of the hierarchical structure of coniferous
wood (softwood). Source: University of Canterbury,
1996. Design by Mark Harrington, slightly changed and
extended.

Plant-based materials derive from plant growth, also in
reaction to the changing needs of a growing plant (e.g.
reaction wood as a result of a one-sided load to the tree),
whereas fabricated technical materials are a result of a
designed production process. This leads to differences in
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the two material types which are discussed thoroughly
by many authors [3,4,5,6,7,8].
Besides the material itself, there is also a difference in
how to create or fabricate a component part. An engineer
selects a material to fabricate a component part
according to an exact design whereas nature goes the
opposite way and grows both the material and the whole
organism (e.g. a tree with components such as the stem
and branches) using the principles of (biologically
controlled) self-assembly in an approximate design [6].
The differences between biological materials and
engineering materials are summarized in Table 1.
Using wood as a material derived from this plant we
have to cope with the history of self-assembly which
causes all the features such as annual ring patterns, grain
deviation, knots, pitch pockets, density variations and
generally spatial variations in the wood properties. This
huge variety in the raw material wood is a challenge to
analyse wood and measure wood properties respectively
and to place them along the added value chain in the best
possible way as described by [9].
Table 1: Differences between bio-based materials and
technically engineered materials (based on [6])
Biological material

Engineering material

“light”
elements
are
dominating: H, C, N, O, Ca, P,
S, Si, …

Large variety of elements:
Fe, Cr, Ni, Al, Si, C, N, O, …

Growth
by
biologically
controlled
self-assembly
(approximate design)

Fabrication
from
melts,
powders, solutions etc. (exact
design)

Adaption of form
and
structure to the function (also
according
to
changing
environmental conditions)

Selecting
of
material
according to function

Healing: capability of selfrepair

Secure design (considering
possible maxim loads as well
as fatigue)

Hierarchical structure at all
levels

Beyond
micro-structure:
homogenous

Considering the height of the tallest trees, which also is
an indication of the limits of the material wood, we face
the limit in the hydraulic and biomechanical system of a
tree. A tree as a well-rooted column with a crown (as a
functional unit on the top) still could be higher than 100
meters, but obviously there is the limitation of the
hydraulic function of the physiologically active cells
which transport water and nutrients. Water is transported
from soil to the transpiring leaves under negative
hydrostatic pressure, requiring high mechanical strength
of the water conveying wood cell walls in order to avoid
implosion and the breakage of the water column
(cavitation) as discussed by [10]. So, besides many other
biological and environmental factors, cavitation might be
one of the limiting factors for a tree to become higher
than the highest trees which have been recorded.
It is up to the architects and engineers to design and
calculate the tallest wooden structure possible based on
wood material properties so as it is the example of a

compelling and visionary concept study of the
University of Cambridge with a wooden building of a
height of 300 meters [11]. Such a speculative concept
study might be discussed; if such a high wooden
structure based on dramatically improved and modified
wood properties is worthwhile, as the big majority of
(residential) buildings rise up to 10 storeys. In this
dimension of building structure wood can be used as an
almost “ready to use” building material, which only
needs a minor processing with low energy input and still
incorporates all the features of wood as a natural
material [12].
According to M. Ramage from the University of
Cambridge [11] the new approach to the limits of natural
materials includes the utilization of other lignocellulosic
materials such as bamboo (tensile strength about five
times that of wood) or boosting the material properties
by polymeric impregnation etc. “We want to redesign
natural materials to carry out different functions that
will change the way we construct cities. This starts at the
molecular level and continues to engineered solutions to
sustainable living. … Although the techniques to
manipulate manufactured materials are better
understood, the potential to generate materials with
diverse properties based on plants may be far greater”.
In the current competition about the largest or tallest
wooden structures an enormous run can be seen, driven
by visionary concepts, concrete realization plans and
already performed projects which are highlighted in the
various wood construction and architecture journals and
other documentations [13,14,15]. Wood technology and
building component manufacturing systems have to
innovate and provide proper and competitive
manufacturing and material solutions for the
construction sector. Cross laminated timber (CLT),
parallel strand lumber (PSL), laminated veneer lumber
(LVL), glued laminated timber (glulam) and various
prefabricated paneling and building components systems
are among the current products, contributing to a wider
range of modern innovative wood building components
as they are compiled exemplary by [15,16].

4 MATERIAL SELECTION PROCESS
IN THE DESIGN PROCESS
4.1

Clustering the material properties

There are some ten-thousands of materials available to
the engineer and the materials are divided into material
classes such as metals and alloys, ceramics and glasses,
synthetic polymers, natural materials and composites. In
designing a structure or device, how is the engineer to
choose from this vast menu of materials which best suits
the purpose? [17]. Mistakes in selecting the right
material can reduce competitiveness and market share
but can also cause failures, accidents and even disasters.
Material and design failures and the accompanying
disasters are some of the most prominent headlines in the
newspapers. Not to mention the many everyday little
accidents and inconveniences due to wrong material
design.
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Besides straight engineering values also “soft facts” such
as environmental issues (Fig. 3) are becoming more and
more important, however, appropriate decision tools are
still missing despite of many environmental assessment
methods.

Fig. 3 How the properties of engineering materials
affect the way in which products are designed (adapted
from [17] and further developed)
Different classes of materials such as metals and alloys,
ceramics and glasses, polymers, natural materials and
composites exhibit various classes of properties. These
properties encompass general and specific physical and
mechanical properties (density, stiffness, strength,
conductivity etc.), environment interaction (corrosion,
durability), production properties (ease of manufacture,
finishing etc.), aesthetic properties (colour, texture) and
economic
properties
(price
and
availability,
recyclability). Fig. 3 shows how the properties of the
various engineering materials affect the way in which
products are designed.
Design to minimize adverse impact of engineering
products and structures on the environment (“green
design”) is assuming an increased importance in all
branches of engineering. Eco-impact thus becomes an
additional metric to be optimized along with
performance and cost but the problem is a complex one:
eco-impact can be associated with the extraction and
refinement of the material, with the manufacture of a
product/structure from it, with the use of that product or
structure and with its disposal [19]. Life cycle
assessment (LCA) as described by Murphy [20] has
become a common system analysis tool for evaluating
environmental impacts over the whole life cycle of a
product, process or activity from the “cradle” (raw
materials acquisition) to the “grave” (disposal or
recycling). Meanwhile many LCAs are available for
wood as a material and wood in construction and various
other uses but also comparisons to other materials [21]
and various studies are compiled by [22].
Currently materials and processes to shape them are
developing faster than at any previous time and the
challenges and opportunities they present are greater
than ever before. Wood, as one of the oldest, most
commonly available and versatile materials, has not
changed its nature during the engineering history of

mankind. Is wood therefore an overmature material or
still one of the most promising materials of the future?
4.2 Material properties chart
As wood and many other competing materials are used
in different applications, one has to differentiate between
material selection in structural design, engineering
design, industrial design etc. For each design different
approaches are appropriate and common. This makes a
general analysis of a wood material choice very complex
and is also a major challenge for the wood industry to
provide a proper material portfolio (solid wood, different
wood species and grades, wood based materials, wood
composites, engineered wood products etc.). Each of the
materials within this portfolio has to be described and
categorized by material property values and design
values. Something which still causes problems for wood
as a very versatile, inhomogeneous and anisotropic
material based on hundreds or thousands of
commercially used wood species, each species
exhibiting a large variability of properties.
Unfortunately, wood as one of the most traditional
materials lost track in this new material design of the
synthetically produced materials and composites.
Material properties limit performance and a way of
surveying properties is needed so as to get a feeling for
the values design-limiting properties can have. Seldom
the performance of a component depends on just one
property. More often it is a combination of properties
that matter, for instance, of the strength-to-weight ratio
(σf/ρ), or stiffness-to-weight ratio (E/ρ), which enter
lightweight design. This suggested the idea by [23] of
plotting one property against another, mapping out field
in property space occupied by each material class. The
resulting charts are helpful in many ways, as they
condense a large body of information into a compact but
accessible form (Fig. 4).

Fig. 4 Idea of a Materials Property Chart (derived from
[23]): Young`s Modulus, E, is plotted against the
density, ρ, on a log scale. A contour derived from the
issue of an elastic column buckling by E/ρ² = const.
deploys several material clusters to be selected
4.3 Tailoring of wood properties
In this context, one might discuss, if and how wood as a
basic material might be modified or even improved.
Kellomäki (cit. in [9]) provided a survey on the complex
interrelation of silviculture, wood material properties,
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process parameters and the material properties of the
final product (Fig. 5). There are significant possibilities
to tailor and control wood properties along the whole
forestry wood process chain as by tree breeding,
silvicultural measures and specific technological
concepts (e.g. wood modification and specific wood raw
material conversion concepts). However, in most cases
the overall effect to generate improved or new properties
are limited and wood modification and wood protection
currently primarily focuses on reducing shrinkage/
swelling, increasing durability against biological attack,
improving resistance to fire as compiled by [18]. But
there are also some compelling new approaches in order
to increase the mechanical properties of wood
impregnating the cell-wall with resins or even inorganic
compounds (mineralisation).

material properties including processability. This has
consequences such as increasing energy input and
homogeneity with increasing disintegration but also
decreasing strength and stiffness (Fig. 6).

Fig. 6 Disintegration and remanufacturing with different
consequences such as change in stiffness and strength
properties further developed from [25]
During the last high-tech decades wood has not been a
key-material. The engineering image of wood and woodbased materials has been one of “low-tech” or
“secondier” material [26]. In opposition to this
misperception, however, is the fact that the use of wood
and wood-based materials in construction, by weight,
exceeds that of steel or concrete each year.
Fig. 5 Interrelation of wood properties and product
properties (adapted from Kellomäki S., 2002: Novel
methods for tailoring wood properties cit. in [9])
In [24] three fundamental approaches aiming at
developing novel and advanced bio-inspired and biobased functional materials are reviewed. At the level of
bulk wood, two research directions of wood
functionalization in the utilization of the hierarchical
structure at different length scales are described. They
differ in terms of the preservation of the organic scaffold
of the wood cell wall. In those protocols that modify and
functionalize wood cell walls with the emphasis on
retaining their structural integrity, hybrid materials
leading to polymer-or mineral-related wood products are
developed. In the second wood functionalization
approach, the hierarchical structure of wood is used as a
template to engineer wood-derived inorganic nonmetallic materials.

Mainly, two main developments, the increasing
environmental consciousness and the emerging of new
“Engineered Wood Products” (EWP) combined with
more sophisticated grading systems for lumber continue
to be developed and successfully introduced into the
engineering and construction marketplace. Some of the
key advances and trends such as raw material
assessment, grading, improvements in the primary and
secondary wood processing are reviewed by [7,9,26],
where the non-destructive evaluation (NDE) of wood is
one of the key-issues. Following the grading process,
improvements in assigning appropriate design values for
use by both design codes and design engineers has also
been a targeted effort.
The current development of wood as an engineered
product as well as a commodity mass product is based on
several drivers:
•

Cost efficiency and competitiveness to other
materials

5 WOOD COMPOSITES AND
ENGINEERED WOOD PRODUCTS
(EWP)

•

Raw materials situation for wood, but also for
other materials, including renewable resources
and/or recyclability etc.

Wood composites are material derivatives from wood,
designed and produced by man. They represent
something in between the natural polymer of wood and a
technically fabricated and engineered composite
consisting of wood particulates (particles) and a glue or
matrix material. Glued wood components and wood
based materials form a distinctive material class with the
idea of fractioning the raw material and reintegration in
order to achieve a new material dimension and/or new

•

Ecological aspects, consumer awareness of
materials

The driving force behind the development of many
wood-based composite materials is many-fold such as
the response to the changing wood resource (wood from
thinnings, short rotation, by-products from processes
etc.), the need to meet increased and/or specific
performance demands for the materials, producing
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larger, two-dimensional elements and cost-efficient
processes etc.
One of the major challenges for wood-based materials is
the high variability of the natural resource (Fig. 7), but
modern engineered materials should exhibit a very small
variation of properties and at least they have to meet
threshold-values given by various standards. Exceeding
the threshold values mostly means higher raw material
costs, reduced yield, higher process costs etc. and
therefore reduced competitiveness. In many applications
(they are rarely open for wood materials) such as
transport and automotive industries, aeronautics etc. only
a small material property slot is allowed in order to meet
the restrictions of weight limits in the final product (car,
plane, sport equipment etc.).

strategic research agenda from the European ForestBased
Sector
Technology
Platform
(http://www.forestplatform.org) or specific research
programmes such as the Finnish-Swedish “Wood
Material
Science
and
Engineering
Research
Programme”, which is compiled by [28].
Analysing possible ways of shaping the materials of the
future, one can also refer to [29]: The cheapening and
improvement of iron and steel during the eighteenth and
nineteenth centuries was the most important event of its
kind in history. … Metals, however, do not have the
monopoly of strength. Some of the best combinations of
lightness and strength are afforded by non-metals and
the strongest substances in existence are the recently
discovered “whisker” crystals of carbon and of
ceramics. As the subject is developing, it now seems very
possible that the coming of new engineering materials
will resemble much improved versions of wood and bone
more closely than metals.

7 FOREST RESOURCES AND TIMBER
IN CONSTRUCTION

Fig. 7 The challenge of materials design and processes
based on bio-based raw materials, which have a high
variability (© Müller, in: [7])

6 MATERIALS OF THE FUTURE
In general materials in the huge field of applications,
where also wood as a material can be applied (structural
design, furniture and indoor design, packaging, specific
technical application, mobility sector etc.) will evolve in
the next years in order to follow the increasing demand
for structural performance and multi-functionality step
by step and the environmental and sustainability
requirements, too. Resource efficiency in material design
and fabrication and the potential for new design
solutions will be an important issue. New materials need
adequate manufacturing systems including new forming,
joining, assembly, surface protecting and painting
processes.
Recyclability is another important issue concerning the
design and utilization of materials, compounds and
technical structures. Yet, wooden components and
hybrid structures do not always exhibit the very best
performance in recyclability. Therefore a “design for
recycling” is necessary as outlined by [27].
Several studies and material roadmaps are already highlightening the future of materials in general (e.g.
European Platform for Advanced Engineering Materials
and Technologies, http://www.eumat.org). Can wood
and wood-based materials meet these challenges? An
answer can be drawn from specific wood related
initiatives such as the US Forest Products Industry
Technology Roadmap (http://www.agenda2020.org), the

A huge part of the earth is covered by forests and wood
is acknowledged as a renewable material from forests
and agroforestry plants. In a majority of the industrial
countries and many other countries, too, sustainable
forestry is granted by certain forest acts in the specific
countries,
which
guarantee
sustainable
forest
management that provides multiple economic, environmental and social benefits today without compromising
the needs of future generations. In addition to national
forest acts, non-governmental organizations such as FSC
(Forest Stewardship Council) and PEFC (Programme for
the Endorsement of Forest Certification Schemes)
provide certification systems in order to guarantee wood
from sustainable forestry within the forestry wood
processing chain in business to business (BtB) and
business to customer (BtC) relations. [31]
As shown in Table 2, the annual world harvest of wood
amounts to 3.6 billion cubic metres solid volume under
bark [32] from which 52 % are used for material
purposes and 48 % as fuel wood [33].
Table 2: Total harvest of wood in reference year 2014
and share of material and energetic use worldwide and
in Europe [32,33]
Harvest
World
Europe

106 m³
3,583
695

106 t 2
1,792
348

Material
use
%
52
57

Energetic
use
%
48
43

Table 3 provides a general overview of the production of
materials, which are important to the building sector and
it also exhibits the great importance of wood as a raw
material. But one has to consider that wood, due the
diversity of the raw material, its variety in wood species
and properties as well as the geometry and shape of the
different parts of a tree, multiple technological potentials
2

air-dried biomass, calculated from the volume harvested
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and economic demands, is allocated to different
utilization tracks including the pulp and paper wood
chemistry and energy sector. Based on the high
requirements on construction timber and Engineered
Wood Products, only a specific share of the overall raw
material wood (roundwood supply) can be allocated to
the process chain for solid wood and wood composites
for construction purposes.
Table 3: Material production data according to
references [32] and [34-38]
Wood Cement
World
Europe

1,792
348

3,700
260

Steel Plastics Aluminium
106 t
1,649
299
108
201
57
10

Besides the other forestry wood value chains, the
building sector already consumes a significant amount of
timber. With respect to the increasing use of the raw
material wood as energy from biomass, currently there is
a discussion if the increasing demand for the raw
material wood from different wood chains such as solid
wood, wood based materials, pulp and paper, wood
chemistry and biorefinery and the energy sector can be
covered by wood from sustainably managed forests [39].
Comparing the total added value generated by the
production of various products as modelled by [40],
roundwood with specific characteristics regarding
diameter and wood material properties, provides the best
added value when used as sawn wood as building
material (solid wood and glued products) and assigning
the side products of this process chain to wood-based
materials.
The building sector already consumes a significant
amount of timber. In Germany, for example, the current
annual input of timber into the building and construction
sector amounts to over 10 million cubic meter [41].
Analysing the various studies on wood supply, such as
[33,39,41], the competition about the raw material is
evident, but also the potential of a significant future
increase of timber for construction based on a
sustainable wood supply. But also a new approach in a
design for recycling [27] (in all applications of wood),
and a rigorous logistics for recovered wood for the wood
based panel industry and the energy sector has to be
pursued.

8 SUMMARY AND FUTURE OUTLOOK
•

We are living in a world of ten-thousands of
synthetic and natural materials available.
Material properties charts are a proper way to
identify a material cluster for a specific purpose
and design process.

•

The forestry-wood chain is responsible for one
of the most abundant and most versatile
renewable materials in the world, which also
plays a major role as a building material.

•

Wood is a highly synthesized material by nature
following an adaptive design of the tree.

Therefore, it exhibits a high variability of the
material properties within a tree and between
different trees and wood species. This has to be
overcome by a proper sorting, grading,
manufacturing system and product design when
transferring the raw material wood into wood
based materials and building components.
•

Wood and wood based materials are very
efficient engineering and design materials, but
huge innovation in material understanding,
material design and improved manufacturing
systems are necessary in order to stay
competitive with other materials.

•

At the moment highly advanced wood
composites and Engineered Wood Products are
of minor importance, a huge impact to develop
advanced wood based materials and composites
is necessary for the future.

•

Wood and other renewable resources have to
match in order to become a new family of
renewables-based materials and composites and
to emerge as a new material generation (green
composites) as outlined by [30].

•

Various wood process chains with increasing
demand are competing about the raw material
supply. Despite of this competition, it is feasible
to allocate a selective and increasing share of
suitable roundwood for the conversion process
into building components.
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WOOD PROPERTIES FROM ROUNDWOOD TO TIMBER
ENGINEERING
Jan-Willem van de Kuilen1
ABSTRACT: Measuring and assessing wood properties during the production chain is getting more and more important
for an optimal use of the resource. Over the years, research has been performed with the focus on establishing important
wood properties, with the final goal of an optimized use in timber engineering. It is recognized that not all research results
are easily translated into applications or code provisions. Timber grading, the conversion of grading results into strength
class assignments, mechanical properties perpendicular to the grain of soft- and medium dense hardwoods are presented.
The influence of density and fastener steel grade on the load carrying capacity of joints is discussed. Time-to-failure
behaviour of joints is presented and it is shown that slightly more penalizing duration of load factors are required for
joints behaving more brittle. Numerical modelling of joints is shown applying a modified Hill-criterion and a continuum
damage mechanics model.
KEYWORDS: wood technology, density, joints, safety factors, grading, hardwoods.

1 INTRODUCTION 234
Ekki
During the transformation phase, a number of
technological parameters need to be addressed before it
can be applied as part of an engineered wood structure. As
structures are designed according to principles and rules
in design codes, the timber industry needs to provide
structural engineers with sufficient and reliable data of
their products. Much of this data is retrieved during the
production processes in sawmills and manufacturing
plants that produce products like sawn timber, glulam
(GLT) or cross laminated timber (CLT). Consequently,
both grading and gluing are two essential steps during the
production. However, grading alone is not sufficient, as
grading often only serves to assign boards and beams to
strength classes, such as those listed in EN 338 [49]. This
standard now not only contains classes based on bending
strength, but contains additional tables for wood that is
primarily loaded in tension. This option allows for further
optimization of material use. Most important parameters
for classification are strength (bending or tension),
modulus of elasticity and density. The latter is necessary
as input for the determination of the embedding strength
in order to be able to determine the load carrying capacity
of timber joints.
As the central European timber industry is exploring the
use of other species than spruce and pine, other strength
1 Jan-Willem van de Kuilen, Technical University of Munich,
Germany & Delft University of Technology, the Netherlands.
vandekuilen@hfm.tum.de

values are also becoming more and more interest. As
species like beech, ash, chestnut and oak are becoming
more and more available, niche markets are being created
where these medium dense hardwood can be used. Beech,
as one of the most widely available species with a good as
they have potential in areas where spruce is at the limit of
its possibilities. Examples are curved members where
stresses perpendicular to the grain may develop or in
trusses where the higher strength of these hardwoods may
be used to create smaller members and connections. At
the same time, the processing of these hardwoods require
new knowledge with respect to the transformation
processes from tree to engineered wood product,
especially with respect to gluing. On the other end of the
scale, there are tropical hardwoods that combine high
durability with high strength, which can provide
alternative solutions in certain exposed structures.

2 STRENGTH GRADING
2.1 GRADING
Strength grading is the process of assessing wood
parameters with the goal of estimating strength, modulus
of elasticity and density. This can be done either visually
or by machine, but combinations are also possible. Even
though machines perform better, some kind of visual
grading is always part of the process, as EN 14081-2/3
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[56] requires visual override rules in case not every
strength determining wood feature can be captured by the
machine. Efforts to grade roundwood before sawn timber
production show promising results when tomographic
measurements are performed, even though correlation
between features and strength is not as high as for stress
wave grading of boards, as the strength predicting feature
is primarily based on the relation between knots and
strength. This is because the correlation between knots
and strength is lower than between modulus of elasticity
and strength. Stress wave grading on standing trees so far
has not produced convincing yield improvements. Stress
wave grading of long and short logs, however, is a
possibility to select low quality logs and avoid them from
entering the sawmill in the first place. Rais et al. [2]
performed an extensive analysis on the Douglas fir
production chain and showed that yield in C24 and C30
classes could go up considerably by selecting logs at an
early stage.

Figure 1: Cross grain in an azobé board loaded in
flatwise bending.

2.2 VISUAL GRADING
Visual grading is still the main grading method used in
large parts of Europe. The grading procedure involves the
assessment of growth features of boards on the basis of
which a board can be assigned to a certain grade.
Unfortunately, there is no European standard for visual
grading of softwoods yet, and regionally accepted visual
grading standards are the norm. In order to overcome
trade barriers, EN 1912 [57] contains a list where national
grades can be found in relation to the European strength
class table of EN 338. For heavy tropical hardwoods, a
European visual strength grading standard is close to
being finalized, based on an analysis of existing standards
for hardwoods in the UK, France and the Netherlands
[61]. Where UK and France have issued pure strength
grading standards [47,60], the Netherlands has a mixed
standard where both strength grading and grading for
specific applications in hydraulic structures are integrated
[59]. As these hardwoods generally have little or no knots,
the main strength grading feature is slope of grain. This is
difficult to quantify and assess and consequently dense
hardwoods can only be assigned to a single grade. The
main requirement for slope of grain is a ratio of 1:10 and
knots may not take up more than 20% of the width on the
face where they are visible. This is to avoid serious defects
(not restricted to knots) to take up too much of the cross
section. Cross grain as shown in Figure 1 may not be more
than 1:4. Another defect that can sometimes be present in
wood are compression failures or brittleheart. Detection
of compression failures (CF) or brittleheart is difficult, but
with CT-Scanning, the failures can actually be detected,
as shown in Figure 2 [18].
Other grade determining features such as slope of grain
and top fall can also be difficult to detect. The latter can
be a serious problem in small cross section elements, for
instance for the production of I-beams. The tensile
strength is seriously reduced. An example of failure is
shown in Figure 3. Visual graders need to be specifically
focussed on this feature, as boards with a fibre angle of
about 60° lead to a serious reduction in tensile strength,
which was 7.54 N/mm2 at a density of 421 kg/m3 in the
case of Figure 3.

Figure 2: Brittleheart failure, Sectional images (A, B, and
C) and 3D image (D) of a sapupira sample – CF grade 4.
Red cross indicates the position in the cube. 3D
illustration shows higher densities where ‘white’ bands
are present [18].

Figure 3: Top fall causing a serious reduction in tensile
strength parallel to the grain.
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2.3 MACHINE GRADING
Assessing the mechanical properties of wood by a
machine has clear advantages in terms of the quality of
the prediction. Most of the machines currently in use
address the dynamic modulus of elasticity by means of a
longitudinal vibration measurement. Both wet and dry
grading is possible. The correlation between modulus of
elasticity and strength is high, but adding parameters such
as knot recognition and fibre deviation measurements
does bring added value in terms of higher strength class
assignments or higher yields. Knot recognition improves
the quality of the strength prediction and adds value in the
sense that either a higher class assignment can be
achieved, or the weakest spot can be recognized and the
material can be upgraded by finger jointing. Machines
that measure knots and correlate knots with strength have
been improved considerably by taking into account the
location of the knot in a board when estimating strength.
Tension strength can be better predicted than bending
strength, but the principle of taking into account the
location of the knot with reference to the neutral axis is
the same [13,14]. In fact, when grading long boards, the
weak spot recognition may lead to downgrading of boards
because of the length effect, boards that otherwise would
have been assigned to a higher strength class on the basis
of the MoE measurements. The effects of this
downgrading are analysed in [4] and [5] for visually
graded material and in [6] for machine graded material. A
clear length effect is present in the material [7-9], but
length is so far not specified as a minimum requirement
for selecting test samples, nor are machine approvals
restricted to the maximum length tested during the
approval procedure.

should be applied for the different grading options. As this
is not considered feasible, a more restrictive approach to
grading policies should be incorporated in the relevant
standards [1], [3]. For the two grading options of the same
batch as presented here, a safety factor γM of 1.45 could
be applied for material graded in the combination
C35/C25, whereas a safety factor of γM > 2 would be
required for the C24 class graded on its own. The
estimation of the γM factors is performed using the method
specified in ISO 2394 [48].

Figure 4: CFD´s for a batch of timber, graded to C24 and
C35/C24 respectively.

2.4 STATISTICAL VARIATIONS IN GRADED
TIMBER
During the grading process, errors can be made. Errors
can either lie in the quality of measurements by visual
graders, but also by machines when estimating the
strength wrongly. However, apart from these errors,
uncertainties are present and the 5-th percentile strength
level depends very much on the machine settings that has
been used to grade a batch. Machine settings can be
derived for a certain strength class to be graded in a single
pass, or they can be derived for a combination of classes.
In Figure 4 and 5, the variation in 5-th percentile values is
shown for a batch that has been graded by a machine in
two different ways. Firstly, all boards have been graded
for strength class assignment C24. Secondly, the batch has
been graded for strength class combination C35/C24.
After grading, it can be observed that strength class
combination C35/C24 results in higher characteristic
values for the C24 boards. Apart from that, the steepness
of the cumulative frequency distribution indicates that the
scatter in material properties (the coefficient of variation)
is smaller for the samples that have been graded in the
combination, thus allowing for smaller safety factors. The
difference shows itself in a much longer tale in the
frequency distribution when graded for C24 and better.
This results in different safety levels for structures made
with C24 timber and consequently different safety factors

Figure 5: Frequency distributions a batch of timber,
graded to C24 and C35/C24 respectively.

3 MEDIUM DENSE HARDWOODS
The strength profiles as specified in EN 338 are primarily
based on known relationships between the different
strength and stiffness values for softwoods [51]. In order
to verify these relationships for other species that come
onto the market, additional testing is required in order to
obtain a better insight, as well to understand better the
market potential. As economical production of beech and
ash lamellas is difficult to achieve [11], a successful
introduction on the market of these species will rely on
niche applications, for instance curved glulam members
that need local reinforcements for tensile perpendicular to
the grain. Therefore, in a research program additional
testing has been performed [12] on beech and ash grown
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in southern Germany and in accordance with EN 408 [52].
Some of these tests however require considerable
specimen preparation before testing can commence,
especially in the case of shear and tension perpendicular
to the grain testing. In Figure 6, the cumulative strength
and modulus of elasticity distributions are shown of a test
series on ash and beech, with spruce as a comparison.

increasing density, otherwise there is no correlation
between density and strength, neither in tension nor in
compression. From the test results, it can be concluded
that the published values in EN 338:2016 [50] for the
tensile strength perpendicular to the grain are too
conservative, and consequently hinder the introduction of
curved glued laminated timber on the market.

Figure 6: Cumulative frequency distributions of the
strength of ash and beech loaded perpendicular to the
grain.

Figure 8. Relationship between density and tensile
strength (upper) and density and compression strength
(lower) perpendicular to the grain.

4 TIMBER JOINTS
Figure 7: Cumulative frequency distributions of the
modulus of elasticity of ash and beech loaded
perpendicular to the grain
From the strength distributions it can be concluded that on
the 5% level, there is not as great a difference between
tension and compression for ash and beech as compared
to spruce. With about a factor 3.5 higher tensile strength
perpendicular to the grain, it is clear that ash and beech
have potential in dedicated structural applications. The
difference between ash and beech is hardly noticeable.
With regard to the stiffness perpendicular to the grain, ash
and beech also show very little difference. With regard to
the density, Figures 8 shows that correlation between
density and strength is there, when looked generically
over the density range. On individual species level there
is a slight increase in compression strength for spruce with

4.1 RELATIONSHIP BETWEEN DENSITY AND
LOAD CARRYING CAPACITY OF JOINTS
In most design codes, the load carrying capacity of
connections is related to the density of the material. In
order to assess the correlation between the two, standard
procedure is to measure the density of the wood parts of
the connection, and correlate the mean value of the
density to the load carrying capacity of the connection.
For the design of joints using the Johansen equations, the
embedding strength of the material under the fastener is
an essential feature. The value is directly related to the
density of the timber and consequently the characteristic
density of the timber is one of the three essential
parameters for strength class assignment. With respect to
the embedding strength, in Figure 9 the characteristic
density values for the class boundaries of EN 338 are
shown as vertical dotted lines for a dataset of 804
embedding tests [19].
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varying dowel diameter and on species like spruce, beech,
azobé and beech-LVL.
Normalized load carrying capacity for three test
series of dowelled timber‐to‐timber joints
Relative load carrying capacity (‐)

1.20
1.00
0.80

y = 0.0009x + 0.5832
R² = 0.4788

0.60
0.40
0.20
0.00
300.00

350.00

400.00

450.00

500.00

550.00

Density (kg/m3)

In Figure 10, the correlation between density and load
carrying capacity for dowelled joints of spruce is shown
[20]. For the most widely used species spruce, an
additional graph is shown for connections with spruce,
where a slight positive influence seems to be present. This
positive relationship is rather fictitious however. The
density is measured for each member of the joint, and the
load carrying capacity is correlated to the mean density.
A clear positive relationship is found. In practice
however, boards are not measured for density (in visual
grading) or the mean density of a board is measured and
used as a grading property and (machine grading) only the
overall mean board density is measured. It means that the
scatter in wood densities near the fasteners increases. For
another research project [21, 27-28], not the density of the
wood of the connection was measured, but 5 meter boards
were matched for density in order to obtain parts for
middle and side members with approximately equal
density. In order to verify the influence, the load carrying
capacity of a number of different joint types was measured
and correlated to the mean board density of the two boards
used for the middle and side members respectively. From
Figure 11 it can be seen that no correlation is present
between density and load carrying capacity for the three
joint types. The tested joint types were nailed joints, with
a high yielding failure and toothed-plate and split-ring
joints that fail in a more brittle mode. Sandhaas [22]
confirmed that a dependency on density is also the absent
for connections with species like beech and azobé
(lophira alata) covering a density range from 300 to 1100
kg/m3, see Figure 12.
4.2 HIGH STRENGTH STEEL FASTENERS
Until recently, steel dowel grades were regulated in the
sense that dowels were generally ordered in accordance
with European standard EN 10025, allowing a maximum
grade of S355. As Eurocode 5 has no restrictions, higher
steel grades are also possible. In order to see whether the
load carrying capacity of timber joints with dowel type
fasteners can be increased just by changing the steel
grade, a number of tests have been performed with

Figure 10: Correlation between density and normalized
load carrying capacity of timber joints, modified from
[20].
1.5

Nailed joints

1.4
Relative joint strength [-]

Figure 9: Embedding strength and strength class
boundaries of EN 338.
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Figure 11: Influence of spruce density on the normalized
load carrying capacity of three different types of joints
[21].

Figure 12: Influence of wood density on the load carrying
capacity of 12 and 24 mm dowelled joints of beech and
azobé [22].
A considerable increase in load carrying capacity can be
observed in all cases, both wood-wood joints as well as
joints with slotted –in steel plates. With increasing
fastener strength, the load carrying capacity increases
considerably, and the applicability of the European Yield
Model could be confirmed. With respect to beech-LVL
there was an interesting finding in the fact that in single
dowel tests with ordinary steel, the steel load carrying
capacity in shear was reached, before failure of the wood
parts. This happened in a number of tests, showing that
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the high load-carring capacity of the beech-LVL might
induce failure modes that are generally not checked by
structural engineers as they are not standard practise to
verify. In the test series, shear failure of the steel was
observed only in single dowel tests. With regard to the
steel grade, it was confirmed that ordinary steel had
considerable higher than expected strength values [23].

1, whereas C2 has a value of around 0.063 to 0.065 [3031]. Hoffmeyer and Fridley [32-37] found comparable
values, but for non-constant climatic conditions the timeto-failure lines needed to be shifted to the left. Sometimes
a delay time could be observed, indicating that a number
of deformation processes is acting with different timescales, similar to creep.
Time to failure of timber joints

Eurocode 5 indicates that for the long term strength of
timber joints, the same modification factors for duration
of load can be applied as for wood and glued laminated
timber. At the same time, creep factors for joints are a
factor two higher than for timber. In a large research
project initiated in 1962 by Vermeyden, the influence of
load level on the time-to-failure of joints has been under
investigation [27-29]. Only recently, in 2014, the project
terminated when the last nailed joints were removed from
the test-rig and short term tested for residual strength.

Relative load level

4.3 TIME-TO-FAILURE ANALYSIS OF JOINTS
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Figure 14: Results of time-to-failure tests on nailed,
toothed-plate and split-ring joints.
In [29] a thorough analysis of the results of Figure 14 was
performed, both on joint type level as well as on the
comparison. As considerable scatter can be observed in
the time-to-failure results, but the performance of nailed
joints is clearly advantageous over the more brittle joints.
The scatter for nailed joints is much smaller, and as load
redistribution is possible (for instance when crack
formation under the nails initiates), not only a more
favourable safety factor is justified, also more favourable
kmod factors. In Table 1, the scatter for the short term
strength is analysed in relation to the required safety factor
in accordance with ISO 2394 [48]. In Eurocode 5, the
safety factor for connections is 1.3, so for toothed-plate
joints and split-ring joints this seems to be reasonable,
whereas for nailed joints this seems to be punishing.
Figure 13: Beech LVL joints: slotted in steel plate with
single dowel. Upper: HSS grade 12.9, Lower: ordinary
steel grade S235. (Steel plate not shown).
The results of the time-to-failure tests presented in Figure
14 cover load levels between 50% and 90% of the mean
strength, normalized to make the different joint types
comparable. The test results show a considerable
difference between nailed joints on the one hand and
toothed-plate and split-ring joints on the other. The nailed
joints show a favourable time-to-failure behaviour and the
reason for this is found in the fact that the large number of
nails are able to redistribute loads from one to another,
whereas for toothed-plate and split-ring joints this is
hardly possible. Equation (1) relates the constant load
with the time to failure in a test:


fs

= C1  C2 log t f

(1)

where  = stress, fs = mean short term strength and tf =
the time-to-failure. A linear relationship is generally
found and also the basis for the kmod factors in Eurocode
5. For wood, C1 generally takes a value of around 0.9 to

Table 1: Statistical data of joints and safety factors

Joint type

Average
strength
(kN)
47.1
32.7

St.
dev.
(kN)
4.4
4.1

COV
(%)

Safety factor
(ISO 2394)
γM
1.17
1.28

Nailed
9.3
Toothed12.5
plate
Split-ring
28.2
4.5
16
1.44
On the basis of the time-to-failure results of the three
different joint types, it can be concluded that kmod factors
for nailed joints are on the conservative side, but for
toothed-plate joints and split-ring joints that behave rather
brittle, it seems they are on the unconservative side. From
Figure 14 it can be seen that on a 50% load level, failures
do occur within the first 10 years of loading. In order to
account for the reduced long term strength, factor C2 in
equation (1) should be around 0.07 or 10% higher than
that for wood [29]. Depending on the type of regression
and the delay time chosen, the regression equation can be
written as:

WCTE 2016 e-book | 66



= 0.95  0.07 log t f

fs

(2)

with tf in hours, and proposed kmod values are given in
Table 2.
Table 2: Duration of load factors for timber joints

Load duration
class
Permanent
Long term
Medium term
Short term

Accumulated
load time
> 10 yrs.
6 mth. – 10 yrs.
1 week – 6 mth.
less than 1 week

tf in eq.
(2)
50 yrs.
10 yrs.
6 mth.
1 week

kmod
0.55
0.60
0.70
0.80

More advanced models to describe the time to failure are
available [38-41] and basically improve the models in the
sense that the different time dependent processes inside
the material are incorporated in a single model. Applying
a non-linear time-to-failure line to the data of the toothedplate joints results in Figure 15. A threshold level for t =
∞ below which no damage accumulates is estimated at
around 0.35 on the basis of the available data.

The damage accumulation lines, in whatever form, can be
a good tool to analyse the long-term behaviour of
structures under varying loads and when structural
degradation takes place. It is clear however from the
damage curves that the actual failure process near to
collapse, takes place in a very short time span. In [42] this
is referred to as so-called ´killer loads´. The damage
concept is also applicable on fatigue problems and similar
curves can be found based on the amount of load cycles
instead of on the time. The advantage is that different
threshold ratios can be defined for different stress states.
In wood, the fatigue life in compression is clearly
favourable compared to tension, and thus a higher
threshold can be defined for t=∞. Also, a ratio R=-1 is
more damaging than a ratio R=0.1, indicating a lower
threshold value. A qualitative graph of what is possible
with non-linear fatigue curves based on a bond breaking /
damage accumulation approach is shown in Figure 17.
The arrows indicate how the parameters of the model may
influence the location of the curve and its shape. This
depends among others on the delay time, the threshold
level and the amount of damage per cycle.

1.2

Non-linear time to failure line for toothed-plate joints

1
Load level

1

Load level
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0.6
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0.6
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Compression

0
1.E+00 1.E+01

0
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Figure 15. Non-linear time to failure line for toothedplate joints.
Using the chemical kinetics approach, the rate of bond
breaking can be expressed as damage and a damage
accumulation can be calculated. This is shown in Figure
16 for the same data of Figure 15. Depending on the
approach taken (linear or non-linear time-to-failure
processes) a different damage accumulation curve is
found. The differences are partly based on the assumed
process, and partly on the statistical regression
differences.
Time to failure and damage line for toothed-plate joints
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Figure 16. Time-to-failure and damage accumulation
lines for toothed-plate joints (damage development
calculated at 50% load level).
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Figure 17. Non-linear fatigue curves for wood. Arrows
indicate how model parameters may influence the
location and shape of the curves.
The problems with fatigue modelling of wood and joints
are however numerous. As wood is a non-linear viscoelastic material and highly anisotropic, it is not only the
amount of cycles and the stress range that govern the
fatigue life. Apart from the stress range R (= minimum
stress / maximum stress), also the stress ratio r (= stress
level / short term strength) and the frequency play a role
in the fatigue behaviour. This makes it difficult to estimate
the values of the parameters that determine the location
and the shape of the fatigue curves properly.

5 NUMERICAL MODELLING OF
TIMBER JOINTS
Numerical modelling of the mechanical behaviour of
wood and joints is complicated. The application of a TsaiWu criterion is clearly not sufficient if non-linear effects
have to be taken into account. Stress-strain diagrams of
the materials are non-linear and this has to be
incorporated, especially when failure loads are to be
predicted. Different modelling approaches exist, all
having their specific benefits and associated problems,
from classical continuum mechanics, through fracture
mechanics, hybrid approaches and lattice models. Lattice
models can be used to model wood as a material and
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structural wood products, are however not appropriate for
the modelling of joints with contact problems. Fracture
mechanics is applicable when brittle failure or crack
development needs to be modelled, such as notched
beams, or joints with load transfer perpendicular to the
grain. Sandhaas discussed the issues extensively [22].
Already at low load levels, a non-linear behaviour can be
observed, indicating plastic deformations. Therefore, the
load-displacement curves of tests are difficult to
reproduce when the test protocol is in accordance with EN
26891 [62]. Especially, the load cycle between 10% and
40% of the estimated failure load requires an appropriate
FEM model with logical values for the wood properties.
Clearly, the stress-state around a fastener is extremely
complicated and requires either adaptive meshes, or
adaptive material properties. In order to be able to follow
the load path, the yield criterion needs to be adapted as
below the fastener there is a mixture of stresses in
compression (parallel and under an angle to the grain),
shear, tensile perpendicular to the grain and friction.
Friction also depends on the steel grade and the
smoothness of the surface of the dowels [25, 26].
In Figure 18, the load-slip curve from a test and a
simulation is shown covering both softwood and
hardwood behaviour [44]. The good approximation was
obtained by applying the Hill criterion [46] where the
yield stress was related to the embedding strength of
wood.

The approach is based on damage and state variables that
allow for plastic deformations in compression and brittle
failure under tension and shear. Multiple stress states are
accounted for, so modelling of complex 3D problems is
possible. Splitting sensitivity will be partly influenced by
the way the rays are located inside the specimen, relative
to the fastener direction. These differences will also
express themselves when testing entire joints as a more
complex stress states are obtained. In Figure 20, the
damage parallel and perpendicular to the grain is shown
for a beech specimen with three 24 mm dowels in a row.
In the parallel state, the damage state can be clearly seen,
but is not evenly distributed over the three fasteners. In
the perpendicular state, the interaction between the
fasteners is clear, as in between the fasteners a clear
splitting damage develops. In [19], some clear differences
between wood species have been highlighted when
embedding tests are performed.

Figure 20. Parallel to the grain damage (a) and
perpendicular to the grain damage (b), for a joint made
of beech with three 24 mm high strength steel dowels [44].

6 OUTLOOK

Figure 18. FEM-model simulating the load slip curve
including the loop in EN 26891 [44].
Sandhaas developed a numerical model based on
continuum damage mechanics and analysed the
behaviour of timber joints with 1, 3 and 5 dowels in a
row, with spruce, beech and azobé as species and two
steel grades and diameters [22]. An example of the
damage evolution under a dowel in a joint that is failing
plastically is shown in Figure 19, showing the potential
of a CDM approach.

Grading, hardwoods, joints incl. long term strength and
numerical modelling of joints have been addressed in this
contribution. Issues for further research leading to more
species independent design codes have been highlighted.
Generally, research that leads to a better understanding of
wood as a material, will lead to better structural
performance and a larger variety of applications. This also
implies that a better understanding is necessary on how
wood density and hardwoods perform in areas where
traditionally softwoods are used. Design standards for
timber structures have room for improvement, not the
least because of the wide variety in species and products
entering the market. For a highly anisotropic and variable
material like wood, the number of parameters in the
models is high and developed models are generally suited
for specific problems. Capturing nature´s complexity in
understandable models remains a challenging task,
whereas at the same time the models must be
comprehensible and applicable for engineers as well.
They should be neither too complex, nor too simple.
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DEVELOPMENT OF ENGINEERED WOOD PRODUCTS – THE
INDUSTRY PERSPECTIVE
Jouni Hakkarainen1
ABSTRACT: Engineered wood products are developed to utilise the advantages of wood materials in the most efficient
way. In addition to the material and production efficiency for a commercial success it is important to identify the suitable
routes to market and provide the additional services they need. New markets can be created for engineered wood structures
based on their main advantages which are the cost competitiveness, fast construction time, light weight and sustainability.
There are still needs for joined research and development work of the industry and scientist at least in the following areas:
1. Open building systems for wooden multi storey buildings are needed to make them easier to use. 2. Stability design
rules for typically slender engineered wood constructions maybe optimised better. 3. Wood modification for better
durability. 3. International model code for fire safety requirements. 4. Measurement methods and requirements that
describe better the acoustics in wooden buildings. 5. Measurable comparison information of the environmental
performance of engineered wood products.
KEYWORDS: Engineered wood products, LVL, laminated veneer lumber, light structures, research needs, open
building system, stability design, model code of fire safety, sustainability, environmental performance

1 INTRODUCTION 1 23
Engineered wood products are developed to utilise the
advantages of wood materials in the most efficient way.
In this article is described the development process as case
study of Kerto LVL (laminated veneer lumber), essential
arguments in business development today and views of
the next research and development needs for engineered
wood products.

Teollisuus Oy, today Metsä Wood, a member of the Metsä
Group.

2 DEVELOPMENT OF ENGINEERED
WOOD PRODUCTS
2.1 DEVELOPING COMPETITIVE WOOD
PRODUCT, CASE KERTO®-LVL
R&D and business development process of Kerto LVL is
well described in the doctoral thesis of Matti Kairi [1]. It
is a good example also in general to show what are the
essential parts in the successful development of
engineered wood products.
2.1.1 History of LVL
The original product innovation for LVL came from the
United States. In the US the manufacture of aircraft
components/parts by gluing 3.6 mm (1/7 inch) Sitka
spruce veneers along the length of the grain began in
1944. As an industrial new veneer-based products LVL
were developed and commercialised in the 1970s, almost
simultaneously by Trus Joist Corporation, today it is a part
of Weyerhaeuser Co. and in Finland by Metsäliiton
1
Jouni Hakkarainen, Director R&D, Metsä Wood,
Jouni.hakkarainen@metsagroup.com

Figure 1: Kerto®-LVL beam and panel

2.1.2 Product idea
The 3 mm veneer sheets are glued together to form a
continuous wide billet, with all wood veneers and fibres
oriented primarily lengthwise in relation to the processing
direction. The billets can be cut to size as structural
beams, columns and boards to be used as such, or for
further processing into building components.
Wood defects can thus be distributed and therefore, in
comparison with sawn timber, the result is a significantly
more homogeneous product, with high-quality weatherproof characteristics.
2

WCTE 2016 e-book | 71

2.1.3 Material efficiency
Raw material yield of LVL is about 10% better compared
with glulam or CLT (cross laminated timber). Further, due
to the more homogenous product, the stiffness and
especially the characteristic strength properties are higher
than in e.g. glulam. This means that smaller sizes of LVL
structural members can be used to achieve equal
loadbearing capacities to other wood products.
These 2 facts are important for the competitiveness of the
products and in decision making to invest in an industrial
production line of a new kind of product.
2.1.4 Positioning in the building product market
From the product and production technology point of
view, the LVL development cycle exhibits more
similarities with plywood than with any other product.
However, the sawmilling industry, glulam industry and
LVL share the same end user group and market, i.e. the
construction industry.
To be commercially successful the producers have to
analyse what additional services are required as shown in
Figure 2 in different levels from raw material supplier to
system solution provider and in which position they want
to be in the supply chain described in Figure 3. Building
practices in each country have also their influence to the
possible routes to the market.

2.
3.

4.

minimize the risk to invest further into industrial
scale stage (1972-75).
Business start-up in the form of a pilot plant,
characterized by ad hoc solutions, several trials and
errors with product variations (1975-80).
Establishing
the
industrial
production;
industrialization stage, characterized by the
development of final process and standard products
(1981 1987).
Product breakthrough stage, characterized by the
extension of the product family to encompass
standard, component and customized products and
sub-products, turnkey products together with partners
(1988-1997).

Figure 4:Routes to market for Kerto LVL at different
stages of the development, Kairi M. [1].

Figure 2: Stratified product concept, Kairi M. [1].

Today over 210 000m3 of Kerto LVL is sold worldwide
and an investment program for new capacity in 2017 has
recently been announced. Although LVL has become a
known commodity product in many applications and there
are several producers, the routes to market still vary from
country to country.
2.2 BUSINESS DEVELOPMENT OF
ENGINEERED WOOD PRODUCTS
Every company has to develop their efficiency in their
everyday production processes to keep lean and
competitive in the market. However, to create new
markets, business development is needed.

Figure 3: Routes to market for engineered wood products,
Kairi M. [2].

2.1.5 Development process stages of Kerto-LVL
The Kerto-LVL development process was divided after
feasibility study into four following stages which are also
shown in Figure 4:
1. In proof of concept stage the new product idea is
planned and tested in laboratory scale. The aim is to

2.2.1 Fast, Light, Green
The main advantages of engineered wood structures in
addition to the cost competitiveness are short construction
time, light constructions and sustainability. They are the
essential arguments in Metsä Wood communication and
can be generally promoted in business development of
engineered wood products.
Fast: Engineered wood products enable a high degree of
prefabrication of construction elements. That means that
the construction time on site becomes shorter allowing the
interior work to start earlier in dry conditions which
improves the quality of the work. In Finland it has been
shown that the use of prefabricated wooden roof elements
shortens the construction time by a month/5000m2 in hall
constructions. Shorter construction time saves money.
Construction companies are typically operating with thin
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profit margins, thus relatively small reductions in costs
can produce significant positive impacts.
Light: Engineered wood products like LVL have an
excellent strength-to-weight ratio, and a light roof or
intermediate roof element will significantly reduce the
weight of the building. This will lead to savings in
materials e.g. main frames and foundations, erection
equipment and personnel, and ultimately costs.
Transporting these lighter elements requires also less
trucks and thus reducing logistics costs.
Green: Sustainable buildings require sustainability in
material production. The focus of improving efficiency
has to shift from the energy used to operate a house also
to the production of the construction materials - the most
energy intensive phase in a building’s life cycle. The
European ”Energy Performance of Buildings Directive”
(EPBD) requires all new buildings to reach nearly zero
energy class by 2020. Zero buildings, however, are not
enough. We have to evaluate the net energy balance over
the whole life cycle and turn our attention to the
production of the materials too. The energy used to
produce the materials of a building may be 50 times more
than the energy used to operate it for a year. As the
production of wooden materials actually produces an
energy surplus, the implications are clear: Wood should
be used whenever possible.
E.g. Kerto LVL mill in Lohja Finland uses 100%
bioenergy. The heat energy produced at the plant covers
the needs of the mill, which makes the Lohja Kerto LVL
mill 100% energy self-sufficient. In fact, there’s enough
left for the surrounding community, as well.

Figure 5:Fast, Light and Green are the main arguments for
engineered wood products in business development of Metsä
Wood.

2.2.2 Plan B Campaign
Metsä Wood has inspired designers to look at engineered
wood alternatives for conventional constructions in a
campaign called Plan B. The campaign has created a lot
of interest and discussion on what is possible to realise
from engineered wood. In the campaign famous buildings
like Colosseum in Rome and the Empire State Building in
New York have been redesign with engineered wood
products as fantasy cases. An example of the illustrations
is shown in Figure 6. Further, examples of realised
modern wooden building projects are introduced. The

latest phase of the campaign is an architectural
competition City above the city for additional floors to
existing buildings in dense populated city environments.

Figure 6: Illustration of an engineered wood construction
alternative for Empire State Building in New York [3].

3 NEXT R&D NEEDS OF ENGINEERED
WOOD PRODUCTS
3.1 RESEARCH AGENDA 2025 OF FINNISH
WOODWORKING INDUSTRIES
The Federation of the Finnish Woodworking Industries
has published in December 2015 its research agenda 2025
and priorities for 2015-2025 [4].
The research and development activities of the wood
products industry has to respond to the changing
environment, support growth and highlight the
importance the field exerts on sustainable development.
It aims for extensive cooperation to combine the best
expertise, cost-efficiency and a broader utilization of
knowledge.
The research agenda of the wood products industry is
linked to the Finnish national Bioeconomy Strategy. In
addition, the agenda is connected to the top projects
defined in the Government’s strategic programme. These
include accelerating research and development to
generate new products, promote mechanical forest
industries, increase the use of wood in building
construction, support digitalization as well as enabling the
circular economy.
With the collaborative research agenda, companies in the
field, research organizations, universities and higher
educational institutions are able to direct and strengthen
research and expertise in the wood products industry in
Finland. To keep up with development, it is essential to
implement key research projects in the prioritized
research areas during the coming years.
The goals of the research in the field are:
• To support the implementation of the national
bioeconomy strategy
• To strengthen the conditions of the wood products
industry for regeneration and investments
• To develop new resource-efficient technologies as a
base for products, processes, services and business
models
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•
•
•

Improve the competitiveness of the Finnish wood
products industry and their clients
To increase knowledge capital
To help reach the goals set for standardisation

The priorities chosen for research of the Finnish
woodworking industries
1. Resource-efficiency
2. Environment
3. Development of materials
4. End user applications
3.2 NEEDS OF JOINED R&D WORK FOR
ENGINEERED WOOD PRODUCTS
IDENTIFIED IN METSÄ WOOD
To supplement the Research Agenda 2025 Metsä Wood
has identified more in detail areas where joined R&D
work of the industry and scientists is necessary to improve
the competitiveness of engineered wood products and to
create more markets for them.
3.2.1 Open building systems for wooden multi storey
buildings
In the last years the focus of development activities in
Europe has been in many countries on wooden multi
storey buildings. They have gain market share and in
many countries the pilot project phase is already passed
and we are approaching an industrial scale production.
However, the market share is still mainly small and
building project owners are not familiar with the wooden
alternatives. The construction process has some
differences to other type of buildings which makes it more
difficult for them to approach.
More open information and tools to design and realise
wooden multi storey buildings in an efficient way are still
needed. Approved type structures and type detailing with
several component suppliers will make it easier for the
clients to choose the wooden building. Good work has
been done e.g. in creating RunkoPES system in Finland
[5], but we have to continue this work. Examples are
shown in Figure 7 and 8.

Figure 8: Example of Finnish instruction material for the
structures wood multi storey buildings from Puuinfo [5] and
Kerto Ripa floor elements from Metsä Wood.

3.2.2 Stability design of engineered wood structures
For many engineered wood products like LVL it is
characteristic that they are quite slender, it is possible to
produce beams that have a high height/thickness ratio. In
this kind of structures the stability design of lateral
torsional buckling can become critical. The latest studies
of Metsä Wood have shown that the design instructions in
Eurocode 5 [6] can lead to quite conservative results
compared to other design codes and test result.

Figure 9:Full scale lateral torsional buckling test for a half of
a Kerto LVL 3-pin frame [7].
Figure 7: Modern wood multi storey buildings realised by
Metsä Wood in Helsinki, Finland.

In a case study the stability design method of a LVL 3-pin
frame was analysed [7]. Two main research directions
were identified in order to improve the stability design:
the first one was exploiting mechanics and classical
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knowledge on stability. Among other mechanical
parameters, the shape of the bending moment diagram, the
position of the load, the normal force and the intermediate
bracings significantly influence the correct determination
of the critical load. On these points, the current version of
Eurocode 5 only covers a limited number of
configurations, which seems inappropriate today
regarding daily design practices and the variety of
structures to be studied. This first direction would bring
very important advantages in designs. A full-scale loading
test of a structure shown in Figure 8 was realised at
ENSTIB, Epinal University, France 2016. It confirms that
the provisions of the Eurocode 5 are very conservative.
The second interesting topic concerns safety and
improvements in the definition of kcrit. Two main aspects
were identified:
• First, regarding rules provided for buckling, the
calculation of kc includes a material parameter . No
equivalent is given for lateral torsional buckling,
since kcrit is defined for all materials.
• Hence, as second aspect, it could be thought that this
current definition for all materials yields, for highperformance materials such as Kerto LVL, to very
safe-side designs by considering the wider deviation
of the mechanical properties and initial defaults
among wood-based materials.
It is possible that similar results can be found when other
stability design instructions of wood constructions are
analysed. Research on how to apply the design methods
of light constructions from other materials to engineered
wood structures can lead to advantages in utilising the full
capacity of them.
3.2.3 Durability of wood product
Durability of wood products is always in the agenda.
There are needs for joined basic research as well as
product development of individual companies. Interesting
topics are:
• Weather resistance
• Resistance against insects
• Visual surfaces that are aging of with a dignity
• Longer maintenance frequency with easy
maintenance methods
• Wood modification
• Harmonisation of international and national
durability classifications and requirements in
building regulations – and in practice.
3.2.4 Fire safety of wood constructions
The methods to define the fire safety properties of
products and structures are mainly harmonised and
specified in common European standards. Successful
research has been made to support this for wooden
constructions e.g. in Fire Safe Use of Wood network [9].
However, there requirements for fire safety are and will
be defined in national legislation in each country. That
leads to significant differences in the requirements even
between countries that have similar environmental
conditions.
The next step for the fire safety researchers should be an
international cooperation project to specify an
international model code for fire safety in wooden
constructions where an appropriate levels of requirements

are defined with their scientific background
argumentations. This kind of international model code
would be very useful when national legislation is country
wise renewed.
More research and design instructions about the fire safety
properties of wooden structures are also needed at least in
following topics:
• Calculation methods for over R60 fire resistance of
timber frame structures (walls, floors and roofs) with
cavities. This extension to Eurocode 5 rules [10] is
becoming more important due to the high rise
wooden multi storey buildings.
• Methods to approve more visible load bearing wood
constructions in large buildings
• Calculation method and more alternatives for fire
protection ability K-classes [11]. At the moment the
K-classes are defined only for 10, 30 and 60 minutes.
New classes are need to define better balanced
requirements for structures.
• Stability calculations in fire resistance design e.g
lateral torsional buckling.
• Detailed design method for fire protection of
connections in wooden constructions
• More detailed information about the fire protection
properties of protection panels like gypsum plaster
boards e.g. to their CE declaration of performance:
tch- and tf-time, K- class ?
• Commonly approved solutions of wooden
constructions based on functional fire design
methods.
3.2.5 Acoustics in wooden buildings
The measurement standards and requirements for sound
isolation, especially impact sound level Ln,w [12,13], seem
to be originally developed to describe the performance
and critical areas of massive structures. It has been
concluded that they don’t describe the acoustic properties
of light weight wooden structures in a fully satisfactory
way. Different correction factors are introduced to give
more weight for the low frequencies in the results, but
there are still no uniform commonly accepted way to do
this. The latest studies propose even more strict
requirements for low frequencies [14].
On the other hand, the feedback about acoustics from
people living in modern wooden multi storey buildings in
Finland has been positive.
Basic research would be needed to describe the acoustic
properties of light multi layered wooden structures in a
more accurate way. That can lead to better optimised and
more competitive wooden constructions together with
satisfied customers living in the buildings.
3.2.6 Environmental performance
Many producers have prepared life cycle assessments
(LCA) and Environmental product declarations (EPD)
according to latest standards of CEN TC350 [15,16]
which is very positive development. However, e.g. in the
EPD of Kerto LVL [17] there are about 80 different
figures about the environmental properties. For many
users it is unclear how to utilise this information and what
does it really mean. More information on this field is still
needed e.g extensions to cradle to gate approaches, more
generic information of product categories and instructions
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on how to compare the properties of different products
and structures in an appropriate way.
Wood products can have significant advantages in these
assessments. More research based measurable facts are
needed to get the full benefit from them.

4 CONCLUSIONS
Engineered wood products are developed to utilise the
advantages of wood materials in the most efficient way.
In addition to the material and production efficiency for a
commercial success it is important to identify the suitable
routes to market and provide the additional services they
need.
New markets can be created for engineered wood
structures based on their main advantages which are cost
competitiveness, fast construction time, light weight and
sustainability.
There are still needs for joined research and development
work of the industry and scientist. Such areas are in open
building systems for multi storey buildings, stability
design, durability, fire safety, acoustics and
environmental performance of engineered wood products.
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PERFORMANCE PREDICTION IN WOOD STRUCTURES: THE PITFALLS
AND PROMISE OF FUNDAMENTAL MECHANICS
Eric Landis1
ABSTRACT: The advantages and disadvantages of different predictive simulation tools, including micromechanics,
multi-scale, discrete element, and hybrid approaches are reviewed through the lens of strength prediction. A case is
made that we may have backed ourselves into a corner with traditional stress-based characteristics of strength, and that
a significant gain can be made through development and deployment of models that are based on physically measurable
material structure. Continual advances in sensing and nondestructive measurement techniques mean that moisture,
density, local grain variations, and distribution of flaws will be measurable in situ. If the model parameters can be
measured in situ, then the model utility is vastly improved by dramatically reducing the number of specimens required
for statistical significance. Ultimately this can accelerate code approval of new products, and enhance our ability to
develop new structural design details that exploit advantages of new products.
KEYWORDS: computational modelling, microstructure, micromechanics, simulation, fracture

1 INTRODUCTION 123
The need for high quality predictive simulation tools for
wood-based structures has never been greater. The
evolving properties of the newer wood resources, and the
continued introduction of new engineered wood
composite products, combined with the need to rapidly
bring new products to market has conspired against the
traditional conservatism of the structural engineering
profession. As evidenced by the extremely wide scatter
that nearly all experiments produce, traditional strengthbased tools are insufficient to properly represent the
fundamental mechanisms that dictate structural
properties. The wood mechanics community has
responded over the last 20 years with some innovative
approaches to capture effects of material structure,
moisture, load history, and most impressively, the
interaction of these effects. While admittedly many of
these models are not ready to be used in engineering
analysis, migration of advanced models into practice has
been slow, despite the prospect of vastly improved
performance prediction capabilities.
1.1 Strength and Variability
Historically, variability and scatter have plagued wood
engineering and timber design. Factors of safety and
allowable stresses are based on test data that have
coefficients of variation far higher than most other
structural materials. The root causes of this variability
are well known and well documented. Localized
variations in grain, growth abnormalities, and countless
1
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other features all contribute to a degree of scatter that we
must resign ourselves to accept.
One could argue, however, that the root causes of
strength variation (as an example) reflect more on how
we measure and characterize strength than it does on the
nature of the material. The problem is not in the nature
of the material, but rather in the tools that we use to
represent the load carrying capacity of the material.
Perhaps it is time to revisit some of our basic
assumptions and practices.
It is argued here that our applications of very
fundamental and basic solid mechanics tools are perhaps
not always the most appropriate for wood and
engineered wood composites. In many cases we need to
wean ourselves from some of the traditional stress-based
analysis tools, and consider alternatives ways of
characterizing the load-carrying capacity of timber
structures.

2 THE CONTINUUM PROBLEM
Engineering mechanics of materials theory has been the
foundation for structural engineering for centuries. The
tools it introduces: stress, strain, strength, elastic
constants, have proven their simplicity, elegance, and
have been the backbone of structural engineering for two
centuries. The continuum representation provides an
extremely convenient framework for strength, stiffness,
deformations, constitutive relationships, and other
properties of interest. The rise of the finite element
method for structural mechanics problems 60 years ago
opened up new possibilities for accurately representing
features such as anisotropy, nonlinear response, timedependent responses, and more recently, multi-physics
problems. The power and utility of the continuum
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descriptions are unquestioned. Unfortunately, sometimes
its predictions are wrong.
One classic example of the failure of basic strength
theory for wood is that it does not predict size effects for
strength or toughness. This is a well-known and well
documented case, and researchers from Griffith to
Weibull to Bazant have developed excellent solutions
[1]. The fundamental problem stems from the lack of an
internal length scale in continuum theory. Basic Griffith
fracture theory introduces an internal length scale in the
form of a crack or flaw, but in the case of wood fracture,
this theory has severe limitations.
A second well known limitation of continuum theory
applied to wood is the problem of Poisson’s ratio, which
has been a difficult parameter to uniquely define for
different species. Gibson and Ashby [2] address this by
pointing out that for material with a cellular structure,
bulk Poisson’s ratio is a function of the cell anatomy.
Persson [3] applied these concepts to wood and
developed a cellular model that predicted not only elastic
properties, but different failure modes and strength as
well.
Regardless of limitations, there is no question that the
continuum representations form an extremely powerful
basis for property prediction. This is primarily due to the
continuum-based finite element methods that make
possible an extremely wide range of solutions to whole
new classes of problems. The challenge is to figure out
ways to embed the various microstructural
characteristics of the material that ultimately dictate the
properties, yet constrain the model such that it is
computationally tractable.
A well-documented approach to this problem is to
employ multi-scale modelling schemes in which
information at a very small scale is included in the
constitutive relationship at a coarser scale. An excellent
example of how this can be employed for wood was
shown by Hofstetter et al [4], who used a multi-level
representation of wood anatomy: molecular level, cell
wall level, and cellular structure level, to predict
structural properties of solid wood. In each level,
homogenization schemes are used to incorporate lower
level information into upper level constitutive
relationships.
Despite these and other innovative approaches, the
challenge of strength prediction remains. While there is
little disagreement that strength is governed by flaws of
various sorts, how to incorporate flaws into a continuum
framework is problematic. Multi-scale schemes employ
a representative volume element to regularize properties.
The approach of developing constitutive relationships for
a representative volume element has allowed us to apply
continuum theory to heterogeneous materials. However,
the periodicity this approach implies does not fully
account for the disorder present in real materials. While
most elastic solutions are not sensitive to this disorder,
fracture and damage are extremely sensitive, and in fact
cause additional disorder. Ultimately, strength prediction
is a very difficult problem for a continuum-based model.
Indeed, one could argue (as is done here) that the very
notion of engineering stress, with its concept of
distributing a load over a cross section, is ill-posed to

define strength. If the load carrying capacity of a
structural element is governed by local flaws in the
element, then the averaging characteristic of engineering
stress is a poor descriptor.
The supposition that forms the basis of this paper is that
the development of new analytical and computational
constitutive models for heterogeneous materials has
reached a point of diminishing marginal returns. In order
for us to advance our predictive capability for
engineering materials we must recognize the
fundamental incompatibility between the analytical
mathematics of continuum theory and the discrete nature
of heterogeneous materials. We need to have a
fundamental understanding of the microstructural
processes that govern behaviour, and a quantitative link
with the resulting structural properties. Many of these
governing microstructural processes have been identified
over the last 100 years. What follows is a discussion of
different ways we might reformulate our strength
prediction problem.

3 DISCRETE REPRESENTATIONS OF
MATERIALS
3.1 Morphology-Based Models
As the name implies, a morphology-based model is one
where the parameters of the computational model are
drawn directly from the physical structure of the
material. Rather than treat the material as a statistically
homogenized continuum, we represent the material as a
collection of different material elements bound together
in a way that mimics the real material.
One example of this type of model is to use a lattice, an
example of which is shown in Fig. 1, where different
material features can be represented by an array of
simple springs. Through this type of representation,
material defects such as knots, cracks, and grain angle
deviations can be incorporated directly into the
simulation model. Additional disorder (if necessary) can
be added through assignment of element properties with
known statistical distributions.[5]

Figure 1: 3D lattice representing wood meso-structure

In order for this approach to be successful, it is necessary
to determine (presumably by experiment) the “rules” that
govern the behavior of the microstructure. Once those
rules are established, they can be collectively assembled
to predict bulk material response. Loads or
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displacements are applied at the boundaries, and the
equilibrium force distribution is calculated for the lattice
elements. An element that exceeds its pre-established
breaking force is removed from the lattice and
equilibrium is re-calculated. (The broken elements here
represent microcracks in the material.) When no
additional elements break as a result of load
redistribution, further load or displacement may be
applied to the boundary until the desired damage state is
reached. The end result of this modeling approach is that
we are able to predict load-deformation response,
damage patterns, and failure mode simultaneously.
A discrete element approach addresses an interesting
paradox that arises in the continuum representation of a
heterogeneous material. In traditional finite element
modeling, the heterogeneous medium is first
homogenized to average its local properties, and then
discretized for the finite element analysis and solution.
In the approach described here, the heterogeneous
material is directly represented as a heterogeneous
material minimizing errors associated with both
homogenization and discretization.
This kind of representation is very effective at simulating
damage and fracture because the phenomena can be
captured in a way that visibly mimics the real material.
Elements can rupture, separate, and be crushed like
actual microstructural features. The overall loaddeformation response similarly reflects the nonlinear
behaviour we generally observe. Bulk phenomena such
as size effects are captured naturally because the material
features that cause size effects are properly represented.
It should be noted that a lattice representation of wood
clearly does not match reality. However, it could be
argued that a lattice is no less real than a continuum.
Both are idealizations; both are wrong. While there are
advantages inherent in the lattice representation, it lacks
the computational efficiencies that come with
representing the material as a continuum, and the
ensuing finite element solution.
Where a lattice, or some other discrete representation
can provide a true advantage is that averaging
approximations such as stress are not necessary to
describe the state of the material under load. The model
specifically represents the highly localized features that
dictate the load carrying capacity of the material.
3.2 Role of Morphology in Lattice
Several examples are presented here that illustrate how a
morphology-based model such as a lattice, can capture
observed material behaviour. While there are many, the
examples presented morphological effects, size effects,
and the relationship between damage patterns and bulk
load-deformation response.
Fournier et al [6] introduced morphological features into
a lattice formulation, including earlywood/latewood, and
local grain orientation variations. By including different
lattice element types representing the different material
features, they were able to capture the preferential
cleavage that occurs along the earlywood/latewood
boundaries both in RL shear, but also longitudinal
tension. In the case of RL shear, different loaddeformation curves corresponded directly to different

failure modes depending on whether the shear zone
included a latewood segment. Fig. 2 illustrates the two
example meshes, and damage progressions.
It is
important to note that not only did the damage patterns
match experiment, but the resulting simulated loaddeformation curves showed a range of scatter
comparable to that of the experiments. The fact that
much of the variability in the simulations can be traced
to microstructural differences and differences in grain
structure. This illustrates an advantage of a
morphologically-based mode: structural variability can
arise strictly from anatomical differences that also
dictate different failure patterns.

Figure 2: 2D lattices showing the resulting damage
progressions in longitudinal tension (a), and RL shear (b).
(from [6]) In both cases, opposing tensile forces are applied to
the specimens horizontally in the figure.

A problem in applying a lattice model to some materials
is the mesh dependencies that arise. While mesh
dependencies are typically something to be avoided, it
can be argued that if the mesh corresponds to the
material structure, then mesh dependencies are actually
material dependencies. In a proper implementation of a
morphological model, a length scale is introduced by the
size of the lattice elements. As long as this size remains
constant and does not scale with specimen size, then the
material length scale is fixed and statistical size effects
appear in the model naturally.
3.3 Internal Damage
If a model is indeed properly capturing micromechanical
phenomena, then there should be ways to validate it
beyond simple load-deformation predictions. Nagy et al
[7] used acoustic emission (AE) techniques to monitor
microcrack formation during a load test. Specifically, the
energy released by AE events was compared to the
energy released by a broken lattice element. The
assumption here is that the measured AE energy is
proportional to the energy released by the microcrack.
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Fig. 3 shows examples of simulated and real specimens
loaded in longitudinal tension. Both load-deformation
curves show an initial linear elastic response followed by
a pre-peak nonlinearity. After a bit of ductility, failure is
brittle. In regard to the AE energy release, very little
occurs until the onset of nonlinearity. Once peak load is
reached, the AE energy release is rapid right up to
failure. The same characteristics can be seen in the
simulation in the form of energy released by broken
lattice elements. Little to no energy is released until the
onset of nonlinearity, but once peak load is reached, the
energy release is rapid, as it is with the AE energy of the
real specimen.

assigned a material property depending on its relative
position in the microstructure. Simulations are executed
through a series of time steps, in which point position,
velocity, and other properties are calculated using a
background grid for computation. The discrete nature of
the model allows points to easily be matched to material
phases such as earlywood and latewood. In a simulation
detailed in [10], the model could capture the irregular
crack propagation normally seen in TR fracture, and the
source of the irregularity was the non-uniform stress
field induced by the earlywood/latewood boundaries.
These model frameworks are simply a few examples of
the many different ways that material microstructure can
be incorporated into the model. Material variability, size
effects, and other phenomena evolve naturally because
the model parameters follow real, physical features.
However, a second, and perhaps equally important
aspect of a morphologically-based model is that it
provides an opportunity to derive model parameters
directly from measurements of physical structure. Thus,
the approach lends itself quite nicely to inclusion in a
nondestructive evaluation (NDE) program.

Figure 3: Measured (a) and simulated (b) Load-deformation
plot with corresponding AE and crack energy release (from
[7]).

These results illustrate how a morphological lattice
model can capture some of the micromechanical
phenomena that dictate behaviour. It should be
emphasized that nowhere in this lattice formulation is
engineering stress used in any model parameters. Stress
can certainly be calculated by adding up all the element
forces in a particular section, and dividing by the
represented area, but calculation of stress is not of
primary consideration.
3.4 Other Lattice Examples
In the previous lattice examples, the lattice elements
were at a scale such that there would be several lattice
elements per earlywood/latewood transition: a mesoscale. Wittel et al [8] applied a lattice at cellular, or
micro-scale. Lattice elements could carry both
tension/compression forces and flexural forces. At that
scale fiber debonding as well cell wall rupture could
both be simulated along with cell wall buckling. The
method was applied to problems of splitting cracks that
result from nail penetration.
Sedighi-Gilani and Navi [9] developed a 3D lattice also
fine enough to simulate cellular structure. Earlywood
lattice elements had slightly different sizes than
latewood elements. While small in scope, they were able
to capture crack bridging frequently observed at a
microscale.
While not a lattice, another promising computational
method that can directly incorporate material
morphology is the Material Point Method (MPM)
applied to wood by Nairn [10]. In this approach, the
material is discretized into points such that each point is

Figure 4: X-ray CT-based rendering of wood microstructure

4 ROLE OF NONDESTRUCTIVE
SENSING AND EVALUATION
The value of a lattice-type approach, or any other
approach in which the material morphology is
specifically represented in the model, is that one can
exploit emerging sensing techniques to build models that
represent the actual material being used. While we have
long been able to accurately measure moisture content
via electrical resistance probes, advances in nondestructive testing and evaluation technologies offer the
possibility in the not-too-distant future of direct
measurement of material morphology. Figure 4 presents
a 3D rendering of a sample of wood imaged using a
laboratory-based x-ray computed tomography (CT)
system. From such an image, the microstructure can be
characterized in three dimensions [11], and from that
characterization a model can be created that matches the
exact morphology of the actual material. Since variations
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in material morphology are largely the basis for
variations in material properties, much of our material
variability will be captured directly. Our structural model
can start at a microstructural level from a log scanned at
a sawmill.
Likewise, rational analysis of in-service structures can be
enhanced by integrating morphological models with
advanced ultrasonic inspection techniques. Stress wave
velocity has been a common method to evaluate strength
of timber. However, this method is based on empirical
relationships that are shown to be not particularly strong
when more advanced phase velocity measurements are
used. [12,13] (Of course it should be noted that there is
of course a very fundamental relationship between stress
wave velocity and elastic modulus in a continuum, but
wood, with its porous microstructure and its viscoelastic
and highly attenuative nature makes the application
tenuous.
Indeed,
a
threshold-based
ultrasonic
measurements likely amounts to a measure of
attenuation, which probably better reflects the internal
porosity and damage that better indicates a loss of
strength.) Advanced ultrasonic techniques in the lab are
now able to measure anisotropic elastic constants well
enough that features such as spiral grain. A direct
measurement of grain angle along with measurements of
porosity and damage could be fed into a morphological
model that would better predict residual strength than
more conventional inspection methods.

5 WHAT NEEDS TO HAPPEN
Clearly we are not yet in a position to give up our
traditional tools for structural analysis. Neither our
advanced modelling capabilities nor our material sensing
capabilities are ready to be applied to general structural
engineering problems as an alternative to strength-based
design. However, we may not be as far off as one might
think. Some of the key advances required are
summarized here.
First, we must continue to improve our knowledge of the
micromechanical phenomena that affect the load
carrying capacity of the material. Fracture can initiate at
a very small point, and we must understand what
microstructural features are most likely to act as crack
initiators, so we know what we are looking for.
Second, once we know what to look for, we need to
optimize sensing and scanning techniques that can find
it. Likely this will involve multiple imaging techniques
ranging from ultrasonic to electro-magnetic.
Finally, based on our knowledge of micromechanics, and
our images of material microstructure, we must develop
computational tools that have the ability to incorporate
high fidelity information at fine resolution, but can
appropriately be scaled to handle practical structural
engineering problems.
While this list may seem like wishful thinking, the
payoff for such an approach is large. It is postulated that
such an approach will significantly reduce the apparent
variability in materials testing because much of the cause
for variability is incorporated into the model. Thus, the
number of specimens required to get statistical

significance drops, and the cost of qualifying new
products for code approval is minimized.

6 CONCLUSIONS
The need for high quality predictive simulation tools for
wood-based structures has never been greater. The
evolving properties of the newer wood resources, and the
continued introduction of new engineered wood
composite products, combined with the need to rapidly
bring new products to market has conspired against the
traditional conservatism of the structural engineering
profession. As evidenced by the extremely wide scatter
that nearly all experiments produce, traditional strengthbased tools are insufficient to properly represent the
fundamental mechanisms that dictate structural
properties. The wood mechanics community has
responded over the last 20 years with some innovative
approaches to capture effects of material structure,
moisture, load history, and most impressively, the
interaction of these effects. While admittedly many of
these models are not ready to be used in engineering
analysis, migration of advanced models into practice has
been slow, despite the prospect of vastly improved
performance prediction capabilities.
A case is made that a significant gain can be made
through development and deployment of models that are
based on physically measurable structure. Continual
advances in sensing and nondestructive measurement
techniques mean that moisture, density, local grain
variations, and distribution of flaws will be measurable
in situ. If the model parameters can be measured in situ,
then the model utility is vastly improved. Such and
implementation can both dramatically reduce the number
of specimens required for code approval of new
products, and it enhances our ability to develop new
structural design details that might exploit advantages of
new products.
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DETERMINATION OF SAWN TIMBER PROPERTIES USING LASER
SCANNING – DEVELOPMENT POTENTIALS AND INDUSTRIAL
APPLICATIONS
Anders Olsson1
ABSTRACT: This paper starts with an overview of methods for machine strength grading of timber being used in
industry. It discusses attempts that have been made over the years to improve the accuracy of different grading
concepts. Then a newly approved method based on laser scanning and utilization of the tracheid effect is presented. It
utilizes high resolution data supplied by an industrial scanner and it gives, in comparison to other methods, very
accurate results. Still it is based on several crude assumptions. Therefore the latter part of the paper takes a starting
point in the limitations of this scanning based method and discusses what can be done within research and development
to reach an even higher grading accuracy. Future work should lead to detailed and accurate models for timber, including
geometry of knots, growth layers and fibre orientation in 3D and information of local material stiffness properties, and
it should be possible to establish such models for individual boards in productions speed. Some recent and ongoing
research that contributes in this direction is discussed. With access to accurate timber models several different strategies
for prediction of strength and other engineering properties would be possible.
KEYWORDS: Machine strength grading, timber, yield, tracheid effect, fibre orientation, grading accuracy

1 INTRODUCTION 1 23
Timber has many obvious advantages in comparison to
alternative structural materials such as steel and
concrete. It is strong and stiff in relation to its weight and
it has important advantages from a global sustainability
perspective. Still, however, the structural potential of the
material is in most cases poorly utilized. Since 95 % of
the timber assigned to a grade must be stronger than
what the strength class indicates poor accuracy in
strength grading inevitably leads to poor utilization of
most of the timber assigned to the grade. Moreover the
sawmilling industry is sometimes reluctant to produce
timber in high strength classes, since the demand for
such timber is still rather low. The tradition among
structural engineers to demand timber in high strength
classes could be stronger. Of course, there are
engineered wood products (EWP) like glued laminated
timber (GLT) and laminated veneer lumber (LVL) with
excellent and well defined properties on the market,
actually it is for GLT lamellas that the demand for
timber of high strength classes is the greatest, but the
potential of sawn timber could be better utilized. For
example, strong timber should be requested for roof
trusses and stiff timber for beams in long span wooden
floors. Apart from the demand issue, however, a
prerequisite to be able to offer timber in high strength
1
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classes is more accurate methods and procedures for
assessment and grading.
More accurate methods and procedures than those
available today for determination of important
engineering properties will require high resolution
information of different basic properties and advanced
models for prediction of e.g. bending or tension strength.
When implemented in industrial processes very fast
computers may also be needed to carry out the necessary
calculations in sufficiently high speed. On the other
hand, all this is precisely what research and development
has led to. Nowadays a wide range of technologies are
available by which high resolution data of decisive wood
properties can be measured and machines can often be
run in very high speed. Models for wood mechanic are to
a large extent already available and demanding
calculations can nowadays be performed rapidly using
comparatively un-expensive computers. What needs to
be done is for researcher and manufacturers of grading
machines to make good use of measured data to establish
accurate enough timber models and to come up with
sound and robust definitions of indication properties (IP)
that can be derived from such models. This, however,
involves considerable challenges.

1 AIM AND SCOPE
One aim of this paper is to give an overview of machine
strength grading methods that are common in industry
today. Some suggestions that have been presented to
improve these methods are discussed as well. The main
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purpose is, however, to discuss grading on the basis of
high resolution data from surface scanning and
utilization of the tracheid effect. Machine strength
grading on the basis of such data is available on the
market but it is still in the very beginning of being
utilized and the development potentials are not so well
explored. This paper is meant to present what has
recently been implemented for use in industry and to
give an outlook on further possibilities for surface
scanning as a basis for the establishment of timber
models, definitions of IPs and accurate machine strength
grading.

2 COMMON METHODS FOR MACHINE
STRENGTH GRADING
2.1 MECHANICAL BENDING
The first implemented technique for machine strength
grading, used since the 1960’s and still in use, is based
on flatwise bending carried out continuously as boards
passes through the machine. The indicating property (IP)
reflects the flatwise MOE averaged over the bending
span which is typically about 900 mm. This means that
profiles representing a moving average stiffness are
achieved and the lowest flat-wise bending stiffness is
used as an IP to edgewise bending strength or tension
strength. Unfortunately, the relationships between IP and
strength are rather poor, partly depending on dynamic
errors when running in production speed but even in low
speed the correlation between edgewise bending strength
and strength flatwise bending stiffness over spans of this
long is limited.
In an extensive study performed by Hanhijärvi and
Ranta-Maunus [1] comprising more than 1000 pieces of
Norway spruce (Picea abies) and 1000 pieces of Scots
pine (Pinus sylvestris), mostly from Finland but also
from North-Western Russia, assessments of various
strength grading machines and IPs to tension and
bending strength were performed. A flatwise bending
machine of mark Raute Timgrader was included in the
investigation and for the Norway spruce sample this
machine gave R2 = 0.54 to bending strength, which is
relatively high for this type of machine. No information
was given regarding the speed of the boards when fed
through it.
Regarding development potentials attempts have been
made to establish an IP that gives more accurate
prediction of strength. Foschi [2] used Fourier transform
to reconstruct bending stiffness profiles that represent
more local bending stiffness from the moving average
bending stiffness profiles. This is an interesting concept
but it is very sensitive to measurement noise and rather
unstable. To the knowledge of the author it has not been
implemented in machines and led to improvements of
grading accuracy in practice.
Boughton [3] described an edgewise bending machine
where three point bending is applied over a span of 1200
mm and suggested an alternative algorithm, c.f. [2], for
calculation of more local bending stiffness. On the basis
of the edgewise bending machine and application of the
proposed algorithm an R2 to bending strength of 0.52
was achieved for a sample for which R2 between flatwise

bending stiffness and edgewise bending strength was as
low as 0.28, i.e. a considerable improvement was
obtained. However, no machine based on edgewise
bending stiffness has achieved any significant market
share in Europe.
2.2 DYNAMIC EXCITATION
In the late 1990s, grading machines that are based on
axial dynamic excitation of boards, which enables
calculation of a longitudinal dynamic MOE averaged
across the entire board, e.g. [4], were introduced. Such
machines capture the resonance frequencies by means of
a microphone or a laser vibrometer and, with knowledge
of the average density of the board, which may be
determined using a load cell or by X-ray, an axial
dynamic MOE corresponding to the first mode of
vibration is calculated. More simple machines do not
even assess density for the individual boards being
graded. Resonance frequencies corresponding to second
and higher modes of vibration may be used for
verification of the calculated MOE. The accuracy
obtained in grading using dynamic excitation is for
Norway spruce equivalent with the one achieved with
flatwise bending machines. In [1] machines based on
dynamic excitation from the companies Microtec and
Brookhuis, respectively, were included. For the Norway
spruce timber (same sample used as for the Raute
Timgrader mentioned in the previous section) R2 to
bending strength was 0.57 and 0.53, respectively, for the
two machines when density was also determined for
each board. When a constant density was assumed for
all the boards in the sample R2 of 0.48 and 0.44,
respectively, were achieved instead.
The excitation technique has been commercially
successful due to the fact that it is simple and convenient
to install in production lines where the timber is
transported transversely. Sometimes it is used in
combination with other techniques which is further
developed below in this paper.
Dynamic excitation of bending modes has also been
considered since dynamic bending MOE correlates
stronger to bending strength than what dynamic axial
stiffness does. Olsson et al. [5] showed that by
comparing the resonance frequencies corresponding to
different edgewise bending modes not only an average
dynamic bending stiffness, but also a measure of the
homogeneity of each board can be obtained. The use of
this measure of homogeneity, in combination with
dynamic edgewise bending stiffness, resulted in R2 to
bending strength as high as 0.75 for a sample consisting
of 105 boards of Norway spruce of size 45×145×3600
mm. For the same sample R2 between axial dynamic
MOE and bending strength was 0.59 and between
dynamic edgewise bending MOE and bending strength it
was 0.65. Unfortunately, however, the resonance
frequencies of bending modes are rather low which
limits the speed in the grading process. Also, accurate
measurements of the resonance frequencies of bending
modes require well defined boundary conditions when
the board is hit by the hammer (ideally the board should
float or hang freely) which is difficult to obtain under
production conditions.
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2.3 X-RAY
X-ray scanning provides information about the density
of a piece of timber with resolution in two dimensions,
e.g. over a plane parallel to the wide faces of the board.
Since there is a considerable difference between density
of knots and of clear wood, scanning gives information
about knot size and knot position projected on the
investigated plane. The resolution obtained for X-ray
scanning in production speed is sufficient to capture
individual knots. How such data can be put into high
grading accuracy depends, of course, both on the
accuracy and resolution of the data and on how it is
utilized in the definitions of IPs. One way to utilize
information of knot size and position is to
calculate/estimate so called knot area ratios (KAR). Two
such ratios that are widely used and discussed in
research are total knot area ratio (TKAR) and marginal
knot area ratio (MKAR). Both are defined in the British
standard BS 4978.
A leading player on the market for grading machines
based on multiple technologies, and on X-ray in
particular, is Microtec GmbH. The grading accuracy
achieved with their IP when based on data from X-ray
scanning alone is comparable with the accuracy obtained
using flatwise bending machines, but when X-ray data is
used in combination with knowledge about axial
resonance frequency a considerable improvement is
achieved. In [1] an R2 of 0.53 was achieved for Norway
spruce for an IP that is based on X-ray data alone, and an
R2 of 0.64 was obtained when both X-ray data and axial
dynamic MOE, i.e. knowledge of resonance frequency,
was utilized for prediction of bending strength. This
latter figure was the highest one achieved for Norway
spruce for all the machines/combinations included in this
study.
The utilization of X-ray data for the definitions of IPs
already in use in commercial grading machines are not
known in detail but, in principle, sections that include
knots are assessed with respect to a knot measure and an
estimated strength of each such section is calculated. Of
course, improvements in the definitions of such IPs may
lead to even more accurate grading. Hackspiel [6]
presented algorithms for reconstruction of the 3D knot
geometry of boards on the basis of information from Xray scanning in combination with information from
surface laser scanning. He also performed finite element
(FE) modelling, taking calculated 3D knot geometry and
assumed fibre orientation into account, for calculation of
bending and tensile strength of timber. Regarding the 3D
knot geometry determined on the basis of the data
provided by the grading machine it was shown that the
accuracy obtained was lower than what could be
obtained manually/visually. Lukacevic et al. [7]
suggested new IPs to bending strength based on
information of 3D knot geometry established by means
of Hackspiels algorithm and visual inspection,
respectively, and claimed that more accurate predictions
of strength are possible if traditional KAR measures are
replaced by new, more elaborate knot measures. The
sample size used for assessment was, however, too small
to give basis for any reliable conclusions regarding the

accuracy obtained. Possibilities of using X-ray data in
combination with surface laser scanning gives
information of local fibre orientation was explored by
Viguier et al. [8].
Finally, computerized tomography (CT), which
represents an advanced utilization of X-ray, giving
knowledge of density variations in 3D, is today used for
assessment of logs before sawing. In [6] such a machine
for scanning of a small number of boards in an attempt
to get accurate data for the knot geometry within them
was actually used. CT scanning is an expensive
technique and today it is not used for assessment of sawn
boards, but it may be so in the future. Then, however,
higher resolution than what Hackspiel achieved would
be desirable. Of course, for detection of knots in 3D, CT
scanning should have at least the same potential as 3D
reconstruction performed on the basis of surface
scanning in combination with conventional X-ray. In
conclusion, X-ray, being a leading technique for
machine strength grading of today will most likely be
part of some of the most competitive concepts also in the
future.

3 MACHINE STRENGTH GRADING
BASED ON FIBRE ORIENTATION
MEASUREMENTS
3.1 TRACHEID EFFECT SCANNING
The in-plane fibre orientation on surfaces of softwood
timber can be determined using high resolution laser
scanners. The determination is based on the so called
tracheid effect which means that the tracheids (fibres) in
softwood conduct concentrated light such as laser light
better along the fibres than across. When a beam of such
light illuminates a wood surface, some of the light will
penetrate the surface and scatter within the wood. A part
of the scattered light will be reflected back to the surface
and due to the tracheid effect the reflected light will take
the shape of an ellipse with the major axis following the
direction of the fibres at the surface. Figure 1a shows a
picture of a close to elliptically shaped light spot on a
wood surface being illuminated with a laser. Figure 1b
shows a photograph through a microscope of the same
wood surface (drawn arrows representing the direction
of major and minor axes of the light spot shown in
Figure 1a). Figure 1c shows a determined in-plan fibre
orientation field, resolution of two by two mm, of a piece
of wood including a knot and Figure 1d shows the newly
developed laboratory scanner that was used to obtain this
result. Note that the in-plane fibre orientation displayed
in Figure 1c follow the fibre flow around the knot just as
can be expected, whereas indicated fibre directions in the
knot area are more randomly directed, which is also
reasonable since fibres here are actually directed in
direction perpendicular to the displayed plane. In such
areas the light spots from the dot laser become more or
less circular in shape. Finally, Figure 1e shows a
commercial timber scanner of mark WoodEye which is
able to deliver the same kind of results, though not with
quite the same precision and resolution. However, even
in a scanning speed as high as 450 m/minute a WoodEye
scanner [9] can give a resolution of 4.4 mm along the
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board. In the transversal board direction the resolution is
also 4.4 mm, although determined by a chosen grid
rather than by the speed in which the board passes
through the scanner. Since lasers and cameras are
directed toward each of the four board surfaces in a
WoodEye, the in-plane fibre orientation of each of the
board surfaces can be determined rapidly.

Figure 1: (a) a close to elliptically shaped light spot on a wood
surface being illuminated with a laser, (b) a photograph
through a microscope of the same wood surface (drawn arrows
representing the direction of major and minor axes of the light
spot), (c) a determined in-plan fibre orientation field of a piece
of wood including a knot, (d) the laboratory scanner used to
obtain the results and (e) a commercial WoodEye scanner.

The tracheid effect may also be used to estimate the out
of plane angle of the wood fibres since the ratio between
the length of major and minor axes of the light spots
from the lasers becomes closer to one the larger the
angle between the fibres and the studied surface are [10]
but the out of plane angel determined this way is much
more uncertain than what the in-plane angle is.
3.2 UTILIZATION OF FIBRE ORIENTATION
DATA FOR PREDICTION OF TIMBER
BENDING STRENGTH
It is well known that the stiffness and strength of wood is
very much higher in the fibre direction than across and
therefore knowledge of local fibre orientation should
enable accurate prediction of timber strength. An early
paper exploring possibilities of strength grading on the
basis of fibre orientation data, although not assessed
using the tracheid effect but on the basis of electrical
capacitance, was presented already by Bechtel [11].
Boughton [3] also discussed strength grading on the
basis of fibre orientation but he did not have access to
equipment for automatic detection. Still he managed to

show improved grading accuracy when considering local
fibre orientation, assessed manually, in combination with
knowledge of bending stiffness assessed by means of
bending machines. Commercial scanners, such as
WoodEye, that utilizes the tracheid effect for assessment
of fibre orientation have been in use for other purposes
for more than 20 years but, except as an indicator of
knots and defects on surfaces, it is not until recently that
a method and procedure has been developed, assessed
and approved for strength grading purposes.
The now approved method is described in detail in [13]
and a large investigation of the performance of the
method is given in [14]. A WoodEye 5 scanner equipped
with four sets of dot lasers and multi-sensor cameras,
one set for each longitudinal surface of the board fed
through the scanner, is used for collecting high
resolution data regarding fibre orientation in the plane of
each of the scanned surfaces. Furthermore the scanner
determines length, thickness and depth of the board. In
addition to the scanning each board is examined by a
Precigrader strength grading machine [15] giving data of
board resonance frequency and weight.
Figure 2 shows a part of a stem and a part of a board that
could have been cut from the shown stem. Two different
coordinate systems are displayed; one global (x-y-z)
with axes parallel to the sides of the board and one local
(l-r-t) relating to the main directions of the wood
material in a position in the stem. From an engineering
point of view one needs to describe the structural
properties in relation to a coordinate system where one
axis (x) is parallel to the longitudinal direction of the
board. Knowing the fibre and growth layer orientation
locally in relation to the board direction, material
transformations can be carried out giving the local
material properties corresponding to the principal
directions of the board. The basis for this transformation
� referring to the local
is the compliance matrix 𝑪𝑪
coordinate system. The wood material properties relating
to the local coordinate system are stored in the
� as
compliance matrix 𝑪𝑪
⎡ 1
⎢ E
⎢ l
⎢ ν lr
⎢ El
⎢ ν
⎢  lt
El
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⎥
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(1)

where El, Er and Et are the moduli of elasticity in the
orthotropic directions, Glr, Glt and Grt are the shear
moduli in the respective orthotropic planes, and the
parameters νlr, νrl, νlt, νtl, νrt and νtr are Poisson’s ratios.
The the relationships νrl = Er/El × νlr, νtl = Et/El × νlt and
� only contains
νtr = Et/Er × νrt hold, which means that 𝑪𝑪
nine independent material parameters. The material
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� −1 may be used to express a linear
� = 𝑪𝑪
matrix 𝑫𝑫
constitutive relationship between stresses and strains as
𝝈 = 𝑫𝑫𝜺𝜺

(2)

where strains and stress components are stored in 𝜺𝜺 and
𝜺𝜺 = [𝜀𝜀𝑙𝑙 𝜀𝜀𝑟 𝜀𝜀𝜕𝜕 𝛾𝛾𝑙𝑙𝑟 𝛾𝛾𝑙𝑙𝜕𝜕 𝛾𝛾𝑟𝜕𝜕 ]𝜕𝜕 and
𝝈, respectively, as
𝜕𝜕
𝝈 = [𝜎𝑙𝑙 𝜎𝑟 𝜎𝜕𝜕 𝜏𝜏𝑙𝑙𝑟 𝜏𝜏𝑙𝑙𝜕𝜕 𝜏𝜏𝑟𝜕𝜕 ] .

Figure 2: Part of a stem and part of a board. Two different
coordinate systems are displayed; one global (x-y-z) with axes
parallel to the sides of the board and one local (l-r-t) relating
to the main directions of the wood material in a position in the
stem. [The left drawing originates from [24].]

By means of matrix operations described in detail in
� and 𝑪𝑪, both referring
Olsson et al. (2013) the matrixes 𝑫𝑫
to the local (l-r-t) coordinate system, can be transformed
to corresponding matrixes D and C expressed in the
global (x-y-z) coordinate system. Of particular interest is
that the inverse of the first component of matrix C, i.e.
1/C11, is now equal to Ex(x,y,z), i.e. the local MOE valid
in the longitudinal direction of the board.
Knowledge of the spatial distribution of the material
orientation and of the stiffness properties of the material
everywhere within the board would make it possible to
calculate the local stiffness in the longitudinal direction
of the board and, by integration, to calculate stiffness
properties on a cross-sectional level along the board as

where

EI z ( x) =  E x  ( y  y ) 2 dydz
y ( x) =  E x  y dydz

(3)
(4)

However, since the fibre direction is detected only on the
board surfaces, the information regarding the material
orientation within the boards is limited. Thus, certain
assumptions have to be made before the cross-sectional
stiffness properties can actually be calculated and used in
the definition of an IP to bending strength. In the
presented grading method it is therefore assumed that
1. the MOE in the fibre direction (El), and also
density (ρ) are constant within a board,
2. an initial, nominal value of the MOE in the
fibre direction (El,0), and also nominal values

for the other material parameters, can be
represented by the values given in Table 1,
3. when a value of El that should be valid for a
specific examined board is determined it is
assumed that the relationships between the
other board stiffness parameters (Er, Et, Glr,
Glt, and Grt) and their corresponding nominal
values (Er,0, Et,0, Glr,0, Glt,0, Grt,0) are the same
as the relationship between El and El,0.
4. fibre directions measured on the wood surface
are located in longitudinal-tangential planes of
the wood material,
5. the fibre direction coincides with the wood
surface, i.e. the out of plane angle is set to
zero, and
6. the fibre direction measured on a surface is
valid to a certain depth within the board
On the basis of the described assumptions, the edgewise
bending MOE of segments along the board can thus be
calculated according to Eq. (3). Figure 3 shows a) a
wood surface and local fibre angle φ determined on it,
each point where the fibre direction is determined
representing a surrounding sub area b) a distribution of
Ex(x,y) (constant z-coordinate for this surface) calculated
on the basis of knowledge of local fibre angle, c) the
depth into the board for which the detected fibre angle is
supposed to be representative, d) a board with one
segment, for which the local bending stiffness is
calculated according to Eq. (3), is highlighted and e) the
calculated MOE profile that should be valid for edgewise
bending stiffness along the board. The curve shown in
Figure 3e is one where each value displayed is actually
the average stiffness over a length of 90 mm (which is
based on an original maximum resolution curve with 4.4
mm between the segments assessed). The lowest value
along the 90 mm moving average curve is the IP
employed for prediction of bending strength. What
remains to explain is how El for each individual board,
which determines the maximum value of Ex(x,y,z), is
determined. This is done on the basis of the resonance
frequency and density determined by the Precigrader
machine. For details regarding this see [13].
Table 1: Nominal material parameters employed (Norway
spruce), values originating from [12].

E1,0
Er,0
Et,0
Glr,0
Glt,0
Grt,0
vlr
vlt
vrt

10700
710
430
500
620
24
0.38
0.51
0.51

MPa
MPa
MPa
MPa
MPa
MPa
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method/procedure compared to machines using dynamic
MOE as IP but there is a remaining potential for
improvement (cf. the performance of the perfect
machine) of the same order. A comparison of the
performance, in terms of R2, with what have been
presented for machines that are based on X-ray in
combination with dynamic excitation [1] indicates that
the new method/procedure surpasses these machines. It
is important to note, however, that conclusions should
always be drawn with caution when comparing
coefficients of determination between IPs and grade
determining properties of different timber samples.
Table 2: Examples of yield in strength classes using dynamic
MOE (IPEdyn), a new IP based on the described method (IPnew)
and a “Perfect machine” respectively.

Class or class IPs used for prediction of
combination grade determining
properties / Yield (%)

C24
C30
C35
C40
C35
C18
C40
C24

Figure 3: a) a wood surface and a determined local fibre angle
φ, b) a distribution of Ex(x,y), c) the depth into the board for
which the detected fibre angle is supposed to be representative,
d) a board with one segment highlighted and e) the calculated
edgewise bending MOE profile.

3.3 PERFORMANCE OF APPROVED METHOD
The performance of the method was thoroughly
investigated in [14]. The investigated sample comprised
more than 900 pieces of timber of Norway spruce from
Sweden, Norway and Finland, ranging from 30 × 95 mm
and 40 × 95 mm to 70 × 245 mm in size. For this sample
the coefficient of determination between the IP to
bending strength and the measured bending strength was
R2 = 0.69, while the coefficient of determination
between dynamic modulus of elasticity (MOE) and
measured bending strength for the same sample was only
R2 = 0.53. The yield obtained in some different strength
classes and combinations of strength classes is presented
in Table 2, for the new method, for a machine based on
dynamic MOE and for an imaginary perfect machine,
respectively. In high strength classes, C35 and above, the
yield become about twice as high using the new

IPEdyn

IPnew

Perfect
machine

99.5
95.4
24.3
14.5
24.3
75.2
14.5
84.9

99.5
96.8
45.8
30.3
45.8
53.6
30.3
69.1

100
97.1
69.2
47.7
69.2
30.2
47.7
47.7

4 DEVELOPMENT POTENTIAL FOR
GRADING BASED ON FIBRE
ORIENTATION
Even though the method described in section 4.2
performs well, probably better than any other approved
method on the market, it is quite clear that there is a
potential for further improvements. Olsson et al. [13]
estimated that if the edgewise bending stiffness over
very short spans, i.e. 5 – 15 cm, could be accurately
determine, then R2 to bending strength for Norway
spruce would probably be in the order of 0.80, rather
than 0.68 – 0.70. Furthermore Hu et al. [15] showed that
the method now available does not give very accurate
edgewise bending stiffness profiles and thus that the IP
used does not represent a true local edgewise bending
stiffness. This was shown by establishing a high
resolution bending stiffness profile of one board by using
the digital image correlation system Aramis to assess the
strain field over one wide surface of the board when
subjected to pure bending, and comparing it to a profile
of the same board established as described in section 4.2.
It was shown that whereas the method according to
section 4.2 gives rather accurate local bending stiffness
at knot clusters where all the knots are located within a
narrow band, i.e. at about the same longitudinal
coordinate along the board, the bending stiffness may be
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clearly overestimated at knot clusters where knots are
more spread out it the longitudinal direction. This has to
do with the calculation of bending stiffness according to
Eq. (3) where only one narrow section at a time, as
indicated in Figure 2d, is assessed. Thus [15] highlights
one of the weaknesses of the method but there are more.
Important issues for future improvement are:
a. The assumptions regarding fibre orientation
on the board surfaces and in the interior of the
board, i.e. points 4 – 6 listed in section 4.2,
are rather coarse. By establishing and making
use of the 3D orientation of knots within the
board, and models for the growth layer and
fibre orientation close to knots, more accurate
3D models of local material orientation within
the board can be made.
b. The relationships between the first six
material parameters of Table 1 may be close
to constant for pure, defect free wood, as is
assumed in section 4.2, assumptions number 1
– 3, but they are quite different within knots
and in the close surroundings of knots. Also
parameters like fracture energy may be quite
different in such wood. It is well known that
the density of knots is much higher than the
density of clear wood (cf. assumption number
1 in section 4.2). For calculation of local
bending stiffness over a span of 5 – 15 cm
these things may be of limited importance but
if a detailed board model is used for
assessment of strength on the basis of e.g.
fracture mechanics this may be crucial.
c. Local bending stiffness over sections of
length 5 – 15 cm should be calculated on the
basis of 3D models of boards subjected to
bending rather than on one discrete cross
section at a time as is done using Eq. (2). As
has been shown [15] the real deformation of
knotty sections include other and more
intricate strain patterns than those that can be
captured by pure tension and compression in
the longitudinal direction of the board.
In the following, research that may contribute to
knowledge, models and solutions corresponding to these
issues, i.e. point a – c above, are discussed. In particular,
accurate modelling of 3D orientation of growth layer and
fibre orientation of timber is addressed.
4.1 TOWARDS MORE ACCURATE 3D MODELS
OF GROWTH LAYERS AND FIBRE
ORIENTATION
Over the years researchers have suggested models for
how growth layers and fibres are orientated in timber
close to knots. One of the most elaborate was presented
by Foley [17] who first developed a model for the
geometry of growth layers around knots and then, by
stating that fibres must be parallel with growth layer
surfaces, and by using equations corresponding to flow
models for the fibre orientation within such layers as has
been suggested by other researchers, was able to model
the local l-r-t direction in any position in relation to a
knot. Of course, this involves modelling parameters, as

for examples measures of knot geometry and fibre
orientation in different planes, which must be set in
accordance to experimental data. Unfortunately,
however, the experimental basis for verification of
suggested models has been limited. Thus, one thing that
needs to be done is to produce and analyse more
experimental data and to verify predicted growth layer
and fibre orientation on other planes than on welldefined lt- and lr-planes as has been done this far.
Another thing, important for practical application of a
model such as Foleys, is fast and accurate assessment of
the geometry of knots within the timber to be assessed in
production.
6.1.1 Laboratory assessment of 3D fibre orientation
The development of the laboratory scanner shown in
Figure 1d was a step towards sampling of detailed
experimental data regarding fibre orientation around
knots. This equipment is currently used for assessment
of Norway spruce test specimens including knots as
illustrated in Figure 4 which shows a) a sketch of a piece
of a log from which a test specimen, indicated by blue
lines and including a knot can be cut out, b) the same
log and specimen in a view from above, note that a
specimen with one plane of symmetry is aimed for, c)
one half of the specimen, which has been cut into two
parts, showing a photograph of the surface along the
plane of symmetry, exposing the spline knot and with
fibre orientation (short black lines) as detected using the
laboratory scanner, and d) the other half of the specimen
showing a photograph of the surface containing a round
knot, likewise with short black lines indicating identified
in-plane fibre orientation. The red lines that are drawn in
Figure 4 b–d) mark out planes which will gradually be
exposed and subjected to new scanning as the two
specimens c) and d) are planed off, one or two
millimeters at a time.
It is assumed that the original test specimen indicated in
Figure 4 a–b) has a plane of symmetry through the knot,
which means that the half specimens shown in c) and d)
are mirrored versions of each other. The scanning thus
gives information of the projected, in-plane fibre
orientation on two orthogonal planes from which the 3D
orientation of fibre direction can be determined for the
entire volume of the specimen with a resolution of 2 mm
or better. This gives basis for assessment of suggested
models in any arbitrary plane through the knot.
Moreover, the same scanning procedure performed on
other specimens including knots of different size and
geometry would give basis for further calibration of
model parameters as function of the knot geometry. This
is part of ongoing research at Linnaeus University.
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on each thus exposed surface. The local 3D fibre
orientation, determined on the basis of scanning and
assumption of symmetry as described above, in positions
on this surface is indicated by black arrows. The
calculated fibre orientation displayed are, with only
small deviations, located parallel to the growth layer
surface which is a strong indication of accuracy of the
determined 3D fibre orientation. Of course, fibre
orientation in any arbitrary plane through the knot can be
displayed since the 3D fibre orientation is known within
the entire volume of the specimen.
6.1.2 Identification of knot surfaces and 3D knot
geometry

Figure 4: a–b) sketches of a piece of a log from which a test
specimen including a knot can be cut out, c–d) two halves of
the specimen showing photographs of the surfaces along the
plane of symmetry, exposing the knot and with detected fibre
orientation represented by short black lines.

Figure 5: Local fibre orientation in 3D represented by black
arrows in positions on a surface representing one growth layer
in the surroundings of a knot.

Figure 5 shows a selected growth layer surface, i.e. one
annular ring of the specimen shown in Figure 4 which is
determined manually as the specimen is planned off one
millimeter at a time. The annular ring pattern is detected

To be able to accurately model the growth layer and
fibre orientation around a knot the geometry of it must
be known, and if such knowledge of individual knots
shall be obtained in the industrial process knot geometry
must be determined in a high speed and un-destructively.
High resolution CT scanning would be a tool to
determine 3D knot geometry but since no machine for
CT scanning of boards is available on the market, and if
it was it would probably be a very expensive machine, it
is motivated to try to determine accurate 3D knot
geometry by traditional X-ray and/or by surface
scanning using the tracheid effect and gray scale
information. Hackspiel [6] developed an automatic knot
detection and modelling algorithm on the basis of X-ray
and surface scanning of boards. Knots were
approximated by rotationally symmetric cones.
Luckasevic and Füssle [7] used this knot modelling
procedure, in combination with the model for growth
layers and fibre orientation proposed in [17] to establish
detailed 3D models of boards and then used such board
models for prediction of strength with a fracture
mechanics approach. Luckasevic et al. [18] also used the
knot modelling procedure for evaluation of various
measures based on knowledge of the 3D knot geometry.
These publications are important contributions in this
field but improvements of the knot geometry
reconstruction process are needed. Also, the statistical
basis for evaluation of the IPs suggested on the basis of
this work too small.
Briggert et al. [19] and Kandler [20] both suggested
detection of knots on timber surfaces on the basis of
tracheid effect scanning, utilizing this technique for
determination of both in-plane and the out-of-plane fibre
orientation on surfaces. 3D modelling of knots was
performed by considering information from scanning of
the surfaces as well as the location of the pith of the log
from which a board was cut. Figure 6 provides an
overview of steps in the procedure suggested in [19].
The angle between fibre direction locally and the
longitudinal direction of the board is identified using the
tracheid effect. Large angles are represented by red
colour in a) while small angles are represented by blue
colour. A threshold of this angle is applied for
identification knot surfaces. Then, if two knot surfaces,
visible on different surfaces of the board are located at
the same longitudinal and tangential coordinate, with
respect to the board/log, with some tolerance, e.g. if the
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angle α in b) is close to zero, it is concluded that the
surfaces are part of the same physical knot c). A
weakness of this concept, however, is that it is hard to
identify knot surfaces with very high accuracy in high
speed since the resolution of industrial scanners run in
production speed is only about 4–5 mm which gives a
considerable uncertainty regarding the size and precise
shape of knots on the timber surfaces and hence limited
accuracy regarding knot geometry.

Figure 6: a) large angles between direction of board and fibre
are represented by red colour, b–c) small angles α in the trplane indicates that different identified knot surfaces of similar
l-coordinate, are be parts of the same physical knot.

Ongoing work at Linnaeus University aims at improved
accuracy regarding detection of knots on board surfaces.
Figure 7 shows four surfaces of a piece of a board of
Norway spruce including a number of knots. In a first
step, areas with fibre distortion, marked by red
rectangles, are identified by means of the tracheid effect.
Then a threshold for the light intensity, detected
optically with cameras that are also parts of the
WoodEye scanner, is used for identification of knots
within the fibre distortion areas with much higher
resolution than what is provided by the tracheid effect
scanning. Still, knots are sometimes too light to be
accurately identified (one such example is visible to the
extreme right in Figure 7) and sometimes dirt in fibre

Figure 7: Surfaces of a piece of a board including knots. Areas
where fibre distortion is detected are marked by red rectangles.
Within these areas knots are identified optically, green
boarders, on the basis of light intensity/grey-scale.

distorted areas gives an overestimated knot area. In
conclusion, further improvement of detection of knot
surfaces is desirable and the same can be said of models
for the 3D geometry of knots within timber.
4.2 PROPERTIES OF KNOT AND CLOSE TO
KNOT TISSUE
Even with a correct model for knot geometry, growth
layer and fibre orientation of individual boards being
produced, it remains to apply effective material
parameters locally in the timber. For example, it is well
known that the tissue of knots is very different for knots
compared to clear wood, e.g. the density of knots being
at least twice as high as for clear wood, but deeper
laboratory investigations aiming at more detailed
knowledge of the material properties of knots and of
close to knot tissue are lacking. In live knots clear wood
merge with knots in a rather intricate manner [21] and it
must be decided to what extent the complicated tissue in
the integration zone can be modelled on a structural level
and to what extent this should be considered implicitly
by the material properties set for such regions. For
tissue where properties change rapidly over very short
distance it is difficult to evaluate the elasticity
parameters, the material strength and fracture energy.
For such purposes a micromechanical model such as the
one proposed by Hofstetter et al. [22] may be a tool to
couple properties like micro fibril angle and density to
mechanical properties.
4.3 POTENTIAL AND UTILIZATION OF
ELABORATE TIMBER MODELS
Starting with a discussion of assumptions and limitations
of a new strength grading method Olsson et al. [13,14]
development towards a more accurate timber model has
been outlined. How to best utilize a detailed timber
model for prediction of strength should, however, also be
discussed since several strategies can be adopted. As
mentioned, Hackspiel [6], Luckasevic et al. [18] and
Luckasevic and Füssle [7] actually worked with a timber
model and a finite element model as the one outlined
above, although the accuracy of the timber model could
be improved if better methods/data for identification of
e.g. knot geometry were available. When trying to use
the models for prediction of strength they suggested knot
measures and a fracture mechanics approach,
respectively. The former being in a sense rather
traditional and the other one quite demanding, utilizing
fracture mechanics which actually requires knowledge of
local strength/fracture energy, in addition to knowledge
of growth layer and fibre orientation. Petersson [23]
suggested investigations on the influence of structural
stability for the bending strength of timber and, as has
been developed in detail above, the author of this paper
suggest continued work on calculation of local edgewise
bending stiffness, though on the basis of more accurate
models and assumptions than before. What these
different approaches have in common, however, is the
need for 1) timber models that are as accurate as possible
with respect to structural-material properties and 2) large
and representative timber samples, i.e. measurement data
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that can be obtained from scanners and other grading
machines and knowledge of board stiffness and strength
from destructive testing.

5 CONCLUSIONS
Since machine strength grading was first introduced
some sixty years ago the opportunities to sample and
process large amounts of data in high speed have
increased tremendously but it is still a challenge to
translate these possibilities into high grading accuracy.
One starting point in this paper, for identification of
research and development needs, was to present merits
and flaws of a newly approved strength grading method
that is based on measurements of fibre orientation of
timber surfaces by utilization of the tracheid effect, in
combination with knowledge of resonance frequency and
board density. It was show that this method is
comparatively accurate but also that it depends on
several rough assumptions. Accurate timber models that
should be developed can be utilized for prediction of
timber strength in different ways, e.g. using different
knot measures, using strength prediction on the basis of
fracture mechanics calculation or by considering stability
of boards exposed to bending. In a short to intermediate
perspective the author advocate calculated local
edgewise bending stiffness, based upon a more accurate
timber model than what is available today and a linear
elastic 3D FE model, i.e. a further development of the
newly approved grading method described herein.
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THE CHALLENGES FOR DESIGNERS OF TALL TIMBER BUILDINGS
Andrew H. Buchanan1,2
ABSTRACT:
This paper describes several major challenges facing the designers of tall timber buildings. “Tall” in this context
generally means 10 storeys or more, although many of the challenges also apply to timber buildings over 4 or 6 storeys,
becoming more severe as the buildings get taller. Structural design starts with the selection of structural form and
structural materials, the major objective being to control lateral displacements under wind or earthquake loading. The
challenges then include the structural engineering difficulties of wind and earthquake design, followed by design for fire
safety. Briefer reference is made to other design challenges in the areas of longevity, construction and connections.
While solutions to all these challenges do exist, they can be difficult to find or implement. Top quality advice and
engineering judgement is always required.
KEYWORDS: Tall timber buildings, Fire, Wind, Earthquake, Moisture, Design, Challenges, Structural

1 INTRODUCTION 123
Tall timber buildings are becoming a desirable reality in
many countries, and some governments are offering
incentives for construction of such buildings. This
promotes the use of local renewable resources, mitigates
carbon dioxide emissions, and stimulates regional
growth.
Some structural engineers who have designed tall
concrete or steel buildings may believe that it is a simple
matter to convert a concrete or steel design philosophy to
timber, but this is not as easy as it may appear.
There are many challenges facing designers of tall
timber buildings and, while solutions to all these issue do
exist, they can be difficult to find or implement. This
paper looks at structural engineering challenges for wind
and earthquake design, followed by design for fire
safety, and the construction process. Briefer reference is
made to other design challenges in the areas of
longevity, construction and connections.

2 TALL TIMBER BUILDINGS
“Tall” in this context generally means 10 storeys or
more, although many of the challenges described in this
1
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paper also apply to timber buildings over 4 or 6 storeys.
Most of these design challenges become more severe as
the timber buildings get taller.
2.1 SCOPE
This paper only includes those special issues which
become important for design of tall or very tall timber
buildings. It does not include the issues applying to all
other timber buildings such as durability, noise control,
and floor vibration.
This paper refers to design of multi-storey timber
buildings where all vertical and lateral loads are resisted
by timber structure. Buildings with reinforced concrete
cores for lateral load resistance are not included.
2.2 STRUCTURAL MATERIALS
The most traditional type of timber building is light
timber framing used for houses and some taller
buildings, with studs and joists of sawn timber, and
plywood, strand board, or plasterboard bracing. This
type of timber construction can be used for buildings up
to six or ten storeys, optimised with prefabrication for
rapid erection. Multi-storey light timber frame
construction is popular in areas of the world which rely
on light timber frame housing, especially in the USA and
Canada.
A range of recent and planned tall timber buildings are
shown in Figures 1 to 6.
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Figure 4. University of Northern British Columbia,
Prince George, Canada [www.unbc.ca]

Figure 1. Forte Building, Melbourne
[www.woodskyscrapers.com]

Figure 5. Proposed 15-storey building, Ottawa,
Canada [Douglas Consultants, Quebec City]

Figure 2 Treet Building, Bergen, Norway
[www.woodskyscrapers.com]

Figure 3. Possible 30-storey building, Canada [12]

Figure 6. Possible 42-storey building, Chicago [15]

2
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A rapidly emerging new form of engineered timber
construction is “massive timber” or “solid wood”
construction which uses large prefabricated timber
panels enabling rapid erection [1]. The prefabricated
timber elements can be manufactured from Glulam (glue
laminated timber), LVL (laminated veneer lumber) or
CLT (cross laminated timber). These are manufactured
under factory conditions at large production facilities.
Although the most common examples of massive timber
construction are in Europe, they are now spreading to
North America, Japan, Australasia and elsewhere.
2.3 STRUCTURAL FORM
Later, this paper will talk about designing tall timber
buildings for wind or earthquakes. However, regardless
of location (seismic or non-seismic, high wind or low
wind), recent designs have shown that the need for
lateral stiffness will dictate the structural form of tall
timber buildings.

Figure 7. Relative dimensions and area-stiffness ratio
for a single wall compared with an I-profile wall
For tall timber buildings to gain and retain a place in the
market, it is essential that the first generation of
buildings be designed and constructed to a very high
standard. A few poor designs could gain a lot of bad
publicity and undo a lot of the great work being done by
innovators around the world. This is especially true for
any failure connected to already negative perception,
such as a devastating fire or an expensive durability
problem.

Designing for stiffness rather than strength creates a
situation where it is necessary to use walls to limit
deflections. Moment-resisting structural frames become
too flexible even for 3 or 4 storey buildings, and are
unable to provide economical section sizes that are
sufficiently stiff for taller buildings. In order to increase
the feasibility of structural frames for tall timber
buildings, diagonal bracing elements must be added to
increase the stiffness of the whole structure, following
the example of many structural steel frame designs.

Reduced erection time is already widely accepted as a
big advantages of timber construction, contributing to
significant cost savings. Early discussion with the
builder on the preferred installation procedure should be
undertaken, to ensure rapid erection on site.

As shown in Figure stiffness can be significantly
increased using box, C or I section walls around the
stairwell and lift cores. Converting a single wall into an
I-shaped core group will increase the area of timber
required by 2 while increasing flexural stiffness by 3.9
times. In the design of these walls, however, the tube
stiffness could be significantly reduced by connections
between panels which should be considered as part of
the system design and not be left for last-minute
verification during detailing. Post-tensioning can be used
to connect solid wood panels to each other and to the
foundations [2].

2.5 STRUCTURAL DESIGN ISSUES
2.5.1 Lateral displacements
The structural form of a tall timber building will most
likely be governed by the desire to limit lateral
movement. The need to limit lateral displacements may
also govern connection design [3].
The physical size of possible timber element production,
transportation limits, or limits on what can be placed
onsite, all lead to many connections being required for a
tall timber structure. Each of these connections acts as a
‘soft’ area reducing stiffness in the wall system. Early in
the design process, the impact of connections on total
building stiffness must be accounted for, even if this is
simply by applying an estimated reduction to the total
stiffness of solid walls. If this stiffness reduction is not
considered early on, more walls and expensive fasteners
may be needed during the detailed design, leading to
unforeseen structural costs.

In structures without sufficient walls to carry all of the
gravity loading, floors are supported on timber beams
and columns. Prefabricated timber floors and timberconcrete composite floors represent some of the timber
based flooring systems available. These can be posttensioned if long spans and low floor-to-floor heights are
necessary.
2.4 PUBLIC PERCEPTIONS
Public perceptions are very important. Because there are
so few tall timber buildings, many perceptions have to be
overcome before tall timber becomes widely accepted.
3
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Because the lateral load design of tall timber structures is
often governed by the displacement of the lateral load
resisting system, is it necessary to know the stiffness of
all the timber members and their connections.
Unfortunately the stiffness of fasteners is often neglected
in design, with only limited guidance given in design
codes, and values often affected by large scatter.
Manufacturers of proprietary products like brackets or
hold-downs normally provide strength values, but little
information about stiffness. This represents one
significant area of improvement needed to enable tall
timber structural design.

1.

Seismic design codes provide maximum expected
values that are sometimes greatly exceeded (as
experienced in Christchurch in 2011).
2. Traditional timber buildings in seismic areas have
been small dwellings with low consequences of
collapse. A tall timber office structure or residential
building has much higher consequences of collapse.
3. Timber is a brittle material with connections which
can occasionally have brittle failures if not well
designed.
Given these three points, all tall timber buildings should
be designed to maintain life safety objectives under
maximum credible seismic loading [4].

2.5.2 Displacement limits
In New Zealand, for both wind and seismic loading,
lateral displacement limits in the serviceability limit state
range from H/600 (0.17% drift, or ~5mm) for
unreinforced masonry to H/200 (0.5% drift, or ~15mm)
for paper-finished gypsum board walls. Further, more or
less stringent, limits may be imposed by the designers of
non-structural elements, which requires clear and honest
dialogue between the structural engineer and the product
provider.

Several key objectives in ensuring good seismic
performance are considered in the following paragraphs.
4.2 DUCTILITY
4.2.1 Yielding of connections
Because timber is a brittle material, ductile connections
are required to maintain adequate strength and avoid
collapse beyond design level loading. Ductility is
normally provided by the design of yielding steel
connections [5].

3 DESIGN FOR WIND

Ductility is obtained by the formation of plastic hinges in
metallic dowel type fasteners like nails, but also staples,
screws, dowels or bolts. Connectors in timber elements
often show a typical pinching behaviour in their
hysteresis loops because of timber embedment failure. If
a connection fails only through embedment of wood, it
has zero strength under cyclic loading until it reaches its
previous point of maximum load. To ensure some
residual strength, it is important to ensure that failure
modes are governed by the formation of plastic hinges in
the steel fasteners, rather than by crushing in the timber.
This normally occurs for small diameter fasteners like
nails, but can be more difficult to achieve for larger
dowels or high strength connections, typical of tall
timber buildings.

Due to the high flexibility of a tall timber building the
natural period of the structure is long, meaning that
design base shear from wind loading is usually higher
than that from possible earthquake loading, even in high
seismic areas.
Design for wind is generally a matter of assessing the
strength of the lateral load resisting system at the
ultimate limit state (ULS), and checking the lateral
deflections at the serviceability limit state (SLS).
3.1 WIND-INDUCED VIBRATIONS
The problem of wind-induced vibrations applies to all
very tall buildings, and may be more of a problem for
timber buildings than steel or concrete because of the
low mass of the building and the low stiffness of the
wood materials. Possible solutions include vibration
control such as tuned mass dampers or increased
understand and modification of the building profile
through wind tunnel testing.

It is also necessary to avoid any brittle failure modes in
the connections, such as row shear, block shear, splitting
etc. Recent research is addressing these failure modes,
but their general applicability is not yet fully determined,
and the over-strength margin between yielding and
brittle failure modes of many connections is still
unknown. Therefore conservative treatment of this issue
is recommended.

4 DESIGN FOR EARTHQUAKE
4.1 WIND VS EARTHQUAKE
The sections above have discussed how structural form
is often governed by a search for stiffness to ensure
limited deflections under frequently occurring wind
loading.

4.2.2 Connection of special yielding devices
One way to ensure stable ductile behaviour is to design
for yielding of specifically designed ductile elements
made from mild steel. The connections of these elements
to the main structure becomes critical because these
connections must be both stiff and inexpensive,

Even if wind loads are greater than design-level seismic
loads, seismic design cannot be ignored in earthquakeprone regions, for several reasons:

Development is underway into increasingly intelligent
ways of ensuring controlled ductility without excessive
4
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additional cost [6, 7]. Such as the mini buckling
restrained brace (“plug and play” device) shown in
Figure 8(a) or U-Shaped Flexural Plates (UFP) as shown
in Figure 8

example will provide a useful indication of higher mode
demand on the vertical lateral load resisting system. Care
must still be taken in the definition of diaphragm
demand.

5 DIAPHRAGM DESIGN
Timber diaphragms tend to be more flexible than their
concrete counterparts, with increasing floor spans further
reducing stiffness.
In seismic design, although the presence of flexible
diaphragms causes closely spaced modes (i.e. a number
of modes with almost the same period of vibration,
corresponding to the diaphragm frequency) and
elongates the fundamental period of the structures, this
can normally be neglected in the design of the vertical
lateral load resisting system.

Figure 8. (a) “Plug and play” and (b) UFP dissipation
devices

Because of the higher modes of the lateral load resisting
system and the diaphragms, the force demand on the
diaphragms cannot be estimated with a simple equivalent
static analysis. Preliminary research by Moroder et al.
[9] has shown that diaphragm forces are almost constant
up the height of the structure and can be 2 to 5 times the
forces determined by an equivalent static analysis. Care
also needs to be taken when assessing the in-plane
displacements of flexible diaphragms in relatively rigid
wall structures.

4.2.3 Capacity design
Capacity design is the generally accepted way to ensure
that seismic loading beyond a building’s elastic strength
leads only to ductile failure and sudden brittle failures
are prevented. To do this, all brittle elements and
possible brittle connection failure modes need to be
capacity protected, i.e. they need to be designed to resist
loads from the over-strength of the ductile yielding zone.
Capacity design principles are well established in the
seismic design of concrete and steel structures, but still
raise questions in design of timber buildings, especially
because of the lack of generally accepted definitions and
codified values.
The over-strength in timber structures normally
considers the statistical scatter of material properties, the
discrepancy between codified strength values and real
values, material safety factors, hidden reserves from
friction etc. [5]. Designers of tall timber buildings need
to use good engineering judgement to decide where the
highest risk of over-strength lies, and to establish clearly
defined, capacity protected, load paths protecting against
collapse.

When designing for wind loads, the role of the
diaphragm in tying lateral load resisting elements
together is crucial to good performance. The load path
from the façade elements to the vertical load resisting
elements needs to be guaranteed. Wind loads normally
create line loads along the diaphragm boundary, so it is
necessary to transfer these forces into the remaining part
of the diaphragm to fully activate it. Wind suction on the
leeward face of the building is a special case requiring
tension connections to the adjacent diaphragm panels
and between all components of the diaphragm, whether
they be massive timber panels or light timber framing.

4.3 HIGHER MODE EFFECTS

6 STRUCTURAL ANALYSIS

A code-based Equivalent Static Analysis will not give
accurate seismic design actions for walls, frames and
floor diaphragms in tall timber buildings. This very
simple method assumes the dynamic response of the
structure will be governed by its first natural period and
accordingly distributes the base shear up the structure in
a linear fashion. Because of the flexible nature of timber
lateral load resisting systems, timber structures with
more than 4 storeys are significantly affected by higher
mode effects. Dynamic amplification on top of overstrength values should therefore be considered when
designing the lateral load resisting system [8]. In a tall
timber building where an essentially elastic response is
expected, linear methods of dynamic analysis become
more acceptable. Response Spectrum Analysis for

As for any other structure and construction material,
numerical computer models should be kept as simple as
possible, so that the load paths can be followed and the
behaviour of the structure be understood. Unfortunately
the use of complex finite element models is becoming
more and more popular. Without adequate understanding
of the building’s behaviour there is an increased risk that
timber elements and connections are represented
incorrectly as full panels with rigid connections. A
computer model will only represent what a designer tells
it to.
There is often a temptation to increase the complexity of
a model in order to ‘better represent’ structural
behaviour. Increasing complexity does not necessarily
5
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mean increasing accuracy. Advanced computing cannot
prevent inadequate design of moment connections or
tension perpendicular to grain failures which are then
overlooked in the detailed design phase.

Big cost advantages of timber structures are the cost
savings in preliminaries, i.e. the on-site costs. Accurate
dimensioning through CNC machining leads to rapid
construction. Reduced erection time, lighter members
and therefore less craneage, improved handling, and
accurate tolerances of the pre-fabricated timber members
can provide large savings, in addition to those from early
occupation of the building. Cost savings can be further
increased by partial or full pre-fabrication of
subassemblies like wall or floor panels and by preinstalling all steel hardware on the timber elements.

Computer models can be kept simple by modelling subassemblies (i.e. prefabricated timber elements or
segmented CLT walls) instead of modelling each
individual member and fastener. Although specialized
timber analysis software is becoming available, hand
calculations are often needed to ensure that the members
can withstand the required force or displacement
demand, considering the anisotropic and flexible
behaviour of timber.

Bad weather conditions during construction can impair
the constructability and aesthetics of timber structures
due to swelling and staining of the timber. To prevent
this, proper erection planning is necessary and timber
members should be protected temporarily by wrapping
them individually, or by the use of temporary cover of
the whole structure. Contrary to common belief, timber
will not deteriorate if exposed to the weather for a short
period of time, but care should be taken to keep this time
to a minimum.

7 CONNECTION DESIGN
Tall timber buildings will have very large structural
members which must be designed to resist very large
structural forces. As mentioned earlier, because wood is
a brittle material, ductility in timber structures generally
comes from ductility in the steel connections, which
have to be carefully designed to ensure appropriate
behaviour [3]. Most connection testing has been
performed on small fastener groups of up to 100kN due
to the difficulty in testing higher strength connections.
Care must therefore be taken when extrapolating the
expected performance of large high-strength connections
such as those likely in a tall timber building.

9 DESIGN FOR LONGEVITY
Long term performance and durability of tall timber
buildings is similar to regular timber buildings, however,
the cost of failure is significantly greater due to the
increased cost of the structure.
Long term deflections can be controlled and designed for
using widely accepted creep coefficients. Care must be
taken where a combination of materials is used, for
example the attachment of non-flexible facades or
around steel lift shafts, to ensure that movement can be
accommodated.

A large number of connectors can add significantly to
the cost of tall timber buildings. The use of proprietary
products is one way to limit this cost, however early
consideration is necessary to assess how they will
interact with other aspects of design and consenting..
This warrants early discussion with the complete design
team (i.e. architect, fire engineer, builder, and acoustic
engineer).

Internal and external moisture control always requires
careful attention in a timber building. Moisture and
temperature change will cause timber to shrink and
swell, however under normal, climate controlled,
conditions this is not a significant factor even in a tall
timber building. None the less, this should be checked
throughout the design phase to make sure there is no real
issue.

Post-tensioning of timber structures has been developed
as an option for wall and frame connections in timber
buildings [2]. Although the original applications of posttensioning focused on the use of rocking to reduce
earthquake damage, this is not likely to be a design focus
for tall timber buildings which will remain elastic.
Nonetheless, post-tensioning is still a very economical
way of providing high strength and high stiffness
connections between timber elements, also between
timber elements and the foundations.

10 DESIGN FOR FIRE SAFETY
As tall timber buildings become more popular, it will be
necessary for code writers in different countries to adopt
requirements which reflect these ideas in a rational way.
More research including quantitative risk assessment
will help to further define the options. However early
adopters should not be discouraged, designers simply
must carefully consider a number of influencing factors.

8 DESIGN FOR CONSTRUCTION
A big challenge for designers of tall timber buildings is
to design and detail structural elements which can be
economically produced under factory conditions, then be
erected rapidly and be connected together with suitable
connections which will serve the life of the structure.

10.1 STRUCTURAL TIMBER FIRE RESISTANCE
Heavy timber has excellent fire resistance, which is well
documented in the literature [10]. This excellent
6
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reason, and a small fire grows through flashover to a
fully developed fire.

behaviour is a result of the slow and predictable rate of
surface charring in severe fires, leading to simple
calculation of fire resistance by subtracting the charred
area and a thin layer of heat-affected wood from the
original cross-section. As a result of this charring
behaviour, unprotected heavy timber structural elements
have excellent fire resistance, much better than
unprotected structural steel, for example.

Sprinkler reliability is essential for fire safety in tall
timber buildings. Strategies to reduce the risk of
sprinkler failure include on-site water supplies, reliable
pumps, enhanced maintenance systems, and frequent
security checks. One recent example is a 15-storey
timber office building in Ottawa which was planned with
a supplementary water tank at the roof level to ensure a
water supply in the sprinkler system regardless of any
damage to the water supply in the street.

10.2 FIRE CHALLENGES
Fire safety is a major concern in all tall buildings,
regardless of materials. The special challenges for tall
timber buildings are all related to the consequences of
sprinkler failure [10]. The taller the building, the more
attention has to be given to:
1. Prevention of vertical fire spread
2. Fire resistance to avoid structural collapse.
3. Encapsulation of structural timber.
4. Design for burnout.

Sprinklers are the essential lifeline system in a tall
timber building. As a fallback position some reliance
must be placed on fire fighter intervention, but this
becomes limited as the height of the building increases.
The principal design option then requires that all
reasonable measures be taken to enhance the
effectiveness and reliability of the automatic sprinkler
system.

10.3 RECENT REPORTS
There are several recent major reports on fire safety in
tall timber buildings, which can assist designers in
discussion with consenting authorities :
 Technical Guideline for Europe [11]
 The Case for Tall Wood Buildings [12]
 Fire Safety Challenges of Tall Wood Buildings [13]
 Tall Wood Buildings in Canada [14]
 The Timber Tower Research Project [15]
 Use of Timber in Multi-Storey Buildings [16]

10.4 DESIGN FOR BURNOUT
The design strategy for steel and concrete buildings is
based on the concept of burnout, as a last resort, so that
after all the fuel in the fire compartment has been
consumed and the fire goes out, there has been no
serious fire spread and the building remains standing,
even with no intervention by fire fighters. Design for
burnout requires prevention of vertical fire spread from
floor to floor, regardless of structural materials [17].

All of these reports confirm that well-designed timber
buildings have very good fire safety. Careful design is
needed to ensure that safety is ensured in every phase of
construction and use, throughout all possible fire
scenarios. The reports all recommend automatic
sprinkler systems, and some protection of wood by
partial or full encapsulation to avoid rapid fire spread
and to increase the fire resistance of protected structural
timber elements.

The only certain way to design for burnout in a timber
building is to apply full encapsulation, so that none of
the structural timber ever begins to char, throughout the
full process of fire growth, development and decay. The
required encapsulation will depend on several factors:
 The fire severity, and duration of the burning period
 The rate of temperature drop due to ventilation in
the decay phase of the fire
 The effectiveness of partial encapsulation
 Intervention after the fire is out
There is some uncertainty about the self-extinguishing
properties of wood and wood-based materials after
severe fire exposure, which can be overcome by
providing full encapsulation.

10.3.1 Sprinkler systems
Most of these reports do not consider the possible failure
of the automatic fire sprinkler system. Even though this
may be a very low probability, it raises serious
challenges. Automatic fire sprinkler systems provide by
far the best fire safety for tall buildings (active fire
protection). However they are not 100% reliable.
Possible failure can occur as a result of maintenance
problems, too many sprinkler heads being activated due
to an explosion, or no water supply due to a major
earthquake or terrorist event. If the sprinklers work as
intended, zero structural fire resistance is required, but
everything changes if the sprinklers do not work for any

10.4.1 Encapsulation
Encapsulation refers to covering wood surfaces with
non-combustible materials (passive fire protection).
Encapsulation can improve fire safety, but it does not
immediately solve all fire problems in timber buildings.

7
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Figure 9. Wood walls and ceiling exposed.

Figure 12. Wood columns exposed.

Figure 10. Columns, beams and part ceiling exposed.

Figure 13. Wood columns and beams exposed, also
post-tensioning anchorages and dissipation devices.

Figure 11. Wood ceiling and furniture exposed.
Figure 14. Wood ceiling, beams and columns during
process of encapsulation with fire-resistant board.

Figures 9 to 13 show a range of interior views with
different amounts of structural timber exposed to view
(and exposed to fire). Figure 14 shows a multi-storey
timber building during the process of encapsulating all
the exposed wood with fire resistant board.

Partial encapsulation will prevent any rapid fire spread
on wood surfaces, but the smaller number of layers may
fall off before burnout, exposing structural timber to the
later stages of a severe fire. In both cases there is an
aesthetic dilemma because building owners, users and
architects often specify timber due to its aesthetics,
whereas the fire engineers may need to cover it from
view. The cost of encapsulation is also a major factor.

Full encapsulation will require that the wood be
encapsulated with enough layers of protective material to
prevent any ignition or charring of the wood in a
complete burnout of the fire compartment, giving the
same fire resistance as any non-combustible material.
8
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10.4.2 Vertical fire spread
If a fully developed fire occurs, the first design challenge
is to contain the fire on the floor where it starts. This
requires adequate fire resistance of the floor-ceiling
system and all walls enclosing vertical stairs, shafts or
services. It is also essential to design the exterior façade,
spandrels, and windows to prevent vertical fire spread
via the outside of the building.

response at all due to a major disaster such as a massive
earthquake or terrorist attack.
10.5.4 Encapsulation design
There is a wide range of options for encapsulation, as
shown in Figures 9 to 14:
1. All timber walls and ceilings exposed to view.
2. All walls exposed to view, ceilings protected.
3. Beams and columns exposed to view, walls and
ceilings protected.
4. All wood protected with one layer of plaster board
(partial encapsulation).
5. Full encapsulation of all wood with several layers of
plaster board.

10.5 PERFORMANCE BASED DESIGN
Design for fire safety is rapidly moving from
prescriptive codes into performance-based design, where
designers ensure that a minimum level of performance is
achieved, as required by performance-based (or
objective-based) national fire codes. The fire safety
design must consider all phases of fire development from
the pre-flashover fire through flashover to the fully
developed fire, and eventual decay.

For control of early fire spread, partial encapsulation of
the ceiling using option 2 is preferred over option 1
because exposed ceilings can result in rapid fire spread
and ineffective sprinkler operation. As an extension to
option 3, the number of exposed timber walls will
depend on a balance between architectural wishes and
the fire design strategy.

For performance-based fire design, it is essential that the
performance requirements be clearly established. The
target objectives can be summarised as:
 The same level of fire safety as in other buildings
 Design to meet code-specified performance levels
 Occupant safety in all fires
 Very tall buildings should remain standing after the
fire, even if no fire-fighting services are available

From a structural engineering viewpoint, critical
structural elements such as isolated columns must be
well protected to prevent any chance of disproportionate
collapse. This can be by extra sacrificial wood or full
encapsulation.

10.5.1 Risk assessment
These challenges for fire design of tall timber buildings
are all risk-related, referring to possible very severe
consequences of an extremely unlikely event; that is an
out-of-control fire in a sprinkler protected building. To
assess the risk in a qualitative way we have to consider a
number of parameters:

Height of the building

Occupancy

Fire fighter intervention

Encapsulation

For burnout control, in the unlikely event of sprinkler
failure, full encapsulation of all wood surfaces solves the
possible residual charring problem, but it is expensive,
and may be unacceptable to the architect and the
building owner who want to see the exposed wood
linings and structure.

10.5.2 Height of the building
The height of the building is a critical parameter. A
building less than about 5 storeys in height, where there
is easy escape and easy access by fire fighters presents a
low risk. Challenges surrounding access and escape
mean that the risk grows as the building height increases
to 10 or 20 storeys or more.

11 CONCLUSIONS
This paper has shown that there are many significant
challenges facing designers of tall timber buildings,
including design for wind and earthquake, design for
longevity, and design for fire safety. This should not
discourage the construction of these types of structures
but should ensure every member of the project team uses
top quality engineering and good judgement in design.
The main conclusions are:

10.5.3 Fire service response
Response by fire fighters is critical if the sprinklers fail
to control the fire for any reason. Different scenarios
include rapid response which requires good access routes
and the fire starting on a lower floor. A slower response
will be due to poor street access, or fire on upper floors
of the building, and the worst case scenario will be no

General:
 Tall timber buildings can achieve the same level of
performance as concrete or steel buildings, with
careful design and attention to detailing.
9
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Chicago. 66pp.
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Wind and seismic design:
 Displacements govern the lateral load design of tall
timber structures because of the low modulus of
elasticity of wood.
 Selection of structural form and materials will be
dictated by design to control displacements.
 Higher mode effects must be considered because
they can produce unexpected loadings on structural
elements and diaphragms.
 Capacity design of connections is essential to
provide ductility in the case of seismic or wind
overload.
Fire safety:
 All tall timber buildings must have an automatic
sprinkler system, with as many enhancements as
possible to increase reliability and effectiveness.
 Large areas of exposed wood ceilings should be
avoided, to control rapid fire growth in the early
stages of a fire.
 Some encapsulation of the wood structure should be
provided, depending on the height of the building
and the location of critical wood elements.
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“The contribution of Wood to Climate/Energy challenges – Resource Policy
and Wood Action Plan using the example of Switzerland”
Alfred W. Kammerhofer 1
ABSTRACT: Wood is an ingenious raw and construction material and offers the possibility for a substantial contribution
to solving climate and energy challenges for society, economy and the environment. In order to make this potential
available – in political and market context – there is a need for a resource policy approach, a need for cooperation between
all state levels and private sectors as well as with other sectoral-policies. Research and development is also necessary for
essential innovations (in processes, products, material flow and systems) in addition for product and market development.

KEYWORDS: resource policy, resource-efficiency, climate/energy policy, Swiss wood action plan, cascadian use of
timber, sustainable development, innovation in forest and timber industry, added value chain

1 INTRODUCTION 234
Wood is one of our most important natural resources on
earth (cf. publication and statistics of UNECE/FAO) –
also in Switzerland. For these reason all UN countries
have or should have an NFP – in Switzerland it’s called
Forest Policy 2020. Switzerland for example was going
on step further and developed in 2008 a Wood Resource
Policy connected with a Wood Action Plan. The main
reason is and was, to enforce the contribution of wood for
good solution when dealing with the Climate and Energy
challenges.
In Switzerland, the federal authorities – Swiss Federal
Office for the Environmental FOEN, Swiss Federal Office
for Energy SFOE and the Swiss State Secretariat for
Economic Affairs SECO – have been commit-ted to
ensuring the sustainable supply and efficient use of wood
from Switzerland’s forests. A Wood Action Plan
fundamentally drives implementation of this policy,
together with partners form Forest enterprises and Timber
Industry sector but also from the National Science
Foundation SNSF as well as the Commission for
Technology and Innovation CTI. Main stakeholder like
architects, planners and de-signers as well as public
procurements (at all levels) are also involved resp.
integrated because of their key-role.
The Swiss Energy Strategy 2050 aims to achieve the
greater and more efficient use of renewable energy
sources. The raw material wood shall contribute to the
attainment of this energy goal. And because energy use is
1

directly linked to CO2 emissions the contribution of wood
has to be strongly focused on the Cascading Use of
Timber. Especially residential building is accompanied by
the ecologisation of production and has opened up new
avenues for the construction of multi-storey timberframed buildings. Timber structures are also gaining in
prominence in the industrial-commercial sector. So it is
obvious – at least in Switzerland – that wood from the
Swiss forests has to do its contribution – of course only in
a sustainable and resource efficiency way.

2 CHALLENGES
With the rise in affluence and prosperity, the pressure on
the use of natural resources is growing at both national,
international/global level, as is the population’s need for
intact natural living resources, security and good health.
The purpose of a resource policy is to control the access
to natural resources and, hence also, their consumption
(frame conditions for sustainability and resourceefficiency in a radical or eco-social free market; [cf. 7;
member of the Club of Rome]. A Wood Resource Policy
has to define guardrails that support the sustainable, legal
and efficient harvesting in forests and the use of the raw
material wood while taking different interests in relation
to the forest and the resource-efficient use of the raw
material wood into account.
Wood is an important natural resource in many countries
worldwide, also in Switzerland: it is a renewable climateneutral raw material, which can be used for both material
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applications (construction materials, cellulose for paper
and textile fibre) and as an energy source (heat, electricity
from combined heat and power generation, fuels). Wood
could also assume greater importance in the future as a
source of carbon for the chemical and pharmaceutical
industries.
The sustainable wood harvesting potential in many
countries in Europe (so also in Swiss forests on a
nationwide basis) is not being fully exploited. The reasons
for this – for example in Switzerland – include missing
better cooperation-models for small-scale ownership
structure in the forests, additional benefit in the supply
behaviour of forest owners, the harvesting costs in various
regions arising from the nature of the forest terrain and the
weak demand for certain assortments, in particular
hardwood logs like beech (Fagus sylvatica). Moreover
maybe also a kind of insufficient understanding of
important context of globalisation and their impact on
forest deforestation and inefficient us of renewable
resource.
Population development and economic growth,
particularly in regions outside Europe and North America,
have prompted a strong increase in the demand for energy
and resources in general. The effects of these
developments can also be felt on the wood markets and is
evidenced by the global increase in the demand for the
raw material wood. Moreover, due to the increasing
scarcity of energy resources (security of supply) and
climate warming, the focus in European energy and
climate policies has shifted to renewable resources (e.g.
2030 climate & energy framework of the EU, Swiss
Energy Strategy 2050). This has prompted greater rivalry
between the different forms of use of the raw material
wood (i.e. material vs. energy use), the availability of
which is limited. Conflicts of interest also exist between
the demands on the forest and wood harvesting (e.g.
recreational use vs. wood harvesting).
Hence, the Swiss Confederations’ undertaking to support
the consistent and sustainable use of wood from domestic
forests and the resource-efficient use of wood is viewed
as essential. With a view to translating this support into
targeted action, the Swiss federal authorities formulated a
Wood Resource Policy under the leadership of the Federal
Office for the Environmental FOEN and in coordination
with the relevant sectoral policies, the cantons, the
forestry and timber sector and other relevant partners. A
Wood Action Plan has been implemented to facilitate the
implementation of the Wood Resource Policy. The
priority in the implementation of the policy is on the
ecologically and economically expedient use of wood. In
terms of the efficient use of wood, cascade uses, which
prioritise material use over energy use are particularly
advantageous. In the case of energy use, greater overall
efficiency in terms of conversion should be targeted. [3]

3 SIGNIFICANCE, CONTEXT AND
CONFLICT POTENTIAL FOR A
RESOURCE POLICY
3.1 SIGNIFICANCE
A Wood Resource Policy should be an action programme
and it should be linked to and coordinated with the

National Forest Programme (e.g. in Switzerland with the
Forest Policy 2020 and also with the Swiss Biodiversity
Strategy). For a successfully implantation it is of critical
importance that actors and associated sectoral policies
have to be also include, in particular Climate/Energy,
Economic Affairs, subnational levels of a state, of course
the forest owners and timber sector, the wood energy
sector, the relevant universities and institutes of
technology, and the environmental organisations as well.
Someone should committed to a long-term perspective
and has the task of taking the different societal interests in
the forest and the raw material wood into account in the
development and implementation of this policy. The
concrete contents of a Wood Resource Policy are not set
in stone, because changing conditions and new
developments may necessitate the adaptation in such a
policy and its objectives.
3.2 SYSTEM BOUNDARIES, INTERFACES
AND CONFLICT POTENTIAL
Beside a National Forest Programme (e.g. the Swiss
Forest Policy 2020 [4]), a Wood Resource Policy
represents a more or less independent, but use-oriented
policy. The system boundaries extend from the forest as
the supplier of the resource wood (achieved by sustainable
forest management SFM), along the entire wood valueadded chain, through the various processing phases and to
the recycling or disposal of wood products.
For Switzerland, the topic of wood use is the object of
both, the Forest Policy 2020 and the Wood Re-source
Policy. The Swiss Federal Act on Forest constitutes the
legal framework (cf. in particular Art. 1, letter c, Art. 20
and effective from Sept. 2016, Art. 34a and 34b of the
Swiss Forest Act), within the Wood Resource Policy
operates. In other words, the use-oriented approach of a
Wood Resource Policy must not jeopardise the
safeguarding of the other legally defined functions of the
forest, at least in Switzerland.
In a sustainable development strategy of a country, like
the ‘Swiss Sustainable Development Strategy’, the
Federal Council of Switzerland referred to the key sociopolitical challenges and defined the general objectives,
which all federal authorities are obliged to implement. In
Switzerland in particular, the Wood Resource Policy
contributes to the defined key challenges “Using natural
resources sustainably”, “protecting the climate”,
“promoting renewable energies” and “increasing
economic productivity while decoupling from resource
and energy use; aligning consumption with sustainable
development”, in particular in relation to measures in the
area of “sustainable construction”.
Energy and climate policy are important sectoral policies
with significant interfaces and potential synergies with the
Wood Resource Policy. Both of these policies aim to
increase energy efficiency (e.g. Building Programme) and
the proportion of renewable climate-neutral energy
sources used. An equally important interface arises with
the Swiss Confederation’s new regional policy, which
aims to achieve greater competitiveness and value-added,
particularly in rural and mountain regions, in which the
forestry and timber sector play an important role. The
operations of the forestry and timber sector can also make
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a significant contribution to the area of the green economy
and clean-tech through the Wood Resource Policy, which
are important fields of activity for the authorities of all
levels and business. Switzerland’s building stock, which
is one of the most resource-intensive areas and hence a
major contributor to the pollutant emissions which impair
the environment and climate, is a particular focus here.
Accordingly, in future, building and renovation work
must be more energy- and resource-efficient as well as
space-saving. The building material wood is particularly
suited to this purpose. In consideration of these
challenges, one element of the vision of the Wood
Resource Policy states that: the forestry and timber sector
shall make an important contribution to the federal
authorities’ Energy, Climate and Resource Policy
objectives. [3]
3.3 INTERFACES
The following interfaces exist in Switzerland in particular
on the level of research and development (R&D):
primarily basic research on new applications for wood is
being carried out as part of the federal National Research
Programme NRP 66 “Resource Wood”. As part of the
European research programme European Research Area
Network (ERA-NET), the Commission for Technology
and Innovation (CTI) is establishing connections between
Swiss research institutions and companies in the forestry
and timber sector and the European area (WoodwisdomNetPlus).
The following additional interfaces shall be noted here: in
the context of crisis events, as part of the Swiss National
Economic Supply, it is ensured that the provision of
sufficient energy for the population, inter alia through
increased forest harvesting, can be guaranteed sustainably
(Swiss National Economic Supply Act). In certain regions
of the world, wood is still not harvested and traded in
accordance with the legislation in force (illegal logging
and illegal trade in wood). With the entry into force of the
European Timber Regulation (EUTR 995/2010) in March
2013, it shall be ensured that only wood and wood
products from legal sources shall be placed on the market.
In Switzerland, this measure shall be implemented in the
next years.
The interfaces with the sectoral policies listed in Figure 1
provide synergies for the Wood Resource Policy,
however, depending on how they are organised they could
also become fields of conflict. As in other areas, conflicts
are played out particularly frequently between interest
groups that focus on use aspects and those concerned
about protection (in the broadest sense). Conflicts can
arise in relation to the resource wood or the forest,
particularly between the wood-processing industry and
actors who support the conservation and improvement of
biodiversity. The selection of suitable reserve areas i.e.
from harvesting present a particular challenge here which
affects all stakeholders equally. However, conflicts can
also arise between harvesting-oriented groups. For
example, between the wood-processing industries, which
is closer to the principle of cascade use than the energy
producers. In the case of the interface with climate policy,
the forest as a CO2 sink resource can conflict with the
forest as a wood resource.

Conflicts can also arise between the demands of the
population and those of the forestry and timber sector. For
example, the population values well maintained, varied,
well-lit and “tidy” forest images and fears about the
destruction of the forest prompt reticence and, in some
cases, resistance to in-creased harvesting in forests.
According to the Swiss results of the second survey of the
Swiss population undertaken in 2010 as part of the
WaMos2 – Socio-Cultural Forest Monitoring project,
although the population has been far more aware of the
production function of the forest since 1997, less than one
quarter of those surveyed support greater wood
harvesting. This group has halved in number since the last
survey was carried out in 1997. [3]
Due to the increasing trend in demands on the resource
wood, it is an important task of the Swiss Wood Resource
Policy to contribute to the optimal use of wood, the
resolution of tensions and, where possible, the promotion
of synergies between the different demands on the forest
and the resource wood.
Sustainable Development
Switzerland

Biodiversity
strategy

Climate policy

Forest policy

(National Forest programme)

Conversation and
sustainable
harvesting Harvesting
and use
of wood
of the
Resource
Wood

Energy
policy

Economic and
Regional policy

Wood Resource Policy

Sustainable wood supply and
resource-efficient wood use

Land Use planning

Figure 1: Positioning and demarcation of the Wood Resource
Policy (The diagram only presents a selection of the important
interfaces between the Wood Resource Policy and other
sectoral policies. The various interfaces between the sectoral
policies are not presented here.) [3]

4 EXAMPLES FOR A VISION OF A
RESOURCE POLICY
4.1 GERNERALLY
The vision formulated for the wood value-added chain in
the Swiss National Forest Programme in 2004 is an
important cornerstone of the vision of the Wood Resource
Policy. It also incorporates the vision of the “2000-Watt
Society”, which is gaining in significance due to the
societal challenges posed by a sustainable energy future,
the conservation of natural resources and improvement of
the CO2 balance. The resource wood can make
considerable contributions to this energy policy vision, for
example through the reduction of energy consumption
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based on the substitution of energy-intensive materials
with the construction and general material wood. [3]
4.2 EXAMPLE OF THE VISION IN
SWITZERLAND

study commissioned by the Swiss FOEN clearly shows
that material use both in absolute terms and based on a
cubic metre of wood generates more employment and
added value during all stages of the value chain than
energy use (cf. Figures 2, 3 and 5).

“Wood is a formative element of Swiss architectural and
living culture and of the country’s quality of life. The
forestry and timber sector makes an important
contribution to the Swiss Confederation’s Energy,
Climate and Resource Policy objectives. From the tree to
the end product, the wood value-added chain is
internationally competitive and environmentally
friendly.” [3]

5 EXAMPLES FOR MAIN OBJECTIVE
IN A RESOURCE POLICY

Figure 2: Direct and indirect added value of material and
energy utilisation in rate (base year 2010).

5.1 GENERALLY
The system boundaries of a Wood Resource Policy can be
roughly summarised in two questions: the first concerns
the forest and forestry sector in particular and the second
applies to all matters extending from the forest boundary
to the entire wood value-added chain.
1. How much wood can a forest supply sustainably and
legal on an annual basis? The term ‘sustainably’ is
understood for Switzerland, that the supply is
economically viable and environmentally friendly, the
productivity of the location is conserved, and all forest
functions can be fulfilled [8].
2. What form does the resource-efficient allocation of the
raw material wood take from a political and economic
perspective?
Based on these two questions, the following main
objective has been formulated for the Wood Re-source
Policy in Switzerland: “The supply of wood from Swiss
forests shall be sustainable and its use shall be resourceefficient in accordance with optimised cascade use.”
Sustainable wood supply means – for Switzerland – the
adoption of an approach to the exploitation of the wood
production potential of the forest that takes the economic,
ecological and social requirements of wood harvesting
into account. The resource-efficient use of wood should
enable the creation of the maximum possible value from
one m³ of wood [cf. 2] and the simultaneous minimisation
of environmental impacts throughout the entire lifecycle.
The cascade use of the raw material is, therefore, a
fundamental aim in this context – at least in Switzerland.
Cascade and multiple use means that use starts with the
exploitation type that offers the highest added value,
generates the greatest ecological benefit and enables
multiple use [cf. 7 and 8]. The material use of assortments
that can be exploited for both material and energetic
purposes in accordance with the specified “cascade
criteria” represent a more optimal valuation. The situation
would have to be reassessed if an “energy crisis” caused
a steep in-crease in the price of fuelwood and the value
generated from fuelwood increased significantly as a
result. However, it should be taken in account, that in
principle that the material cycle facilitates multiple use:
i.e. the creation of value first from the material use cycle
and from energy use at the end of the lifecycle. A current

Figure 3: Direct and indirect added value of material and
energy utilisation of timber in bn. CHF (base year 2010).

Figure 4: Employees in full time equivalent (FTE) to
added value stage (base year 2010)

With respect to deciduous and coniferous tree species, it
should be noted that a higher proportion of fuelwood is
generated for hardwood (in particular of beech / Fagus
sylvatica), in other words competitive processing can be
achieved if additional revenues are obtained through
energy use. In relation to the contribution to CO2
reduction, studies have shown that cascade use yields
greater positive CO2 effects than immediate energy use
[9].
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5.1 SELECTION OF POTENTIAL
STRATEGICAL AND OPERATIONAL
AIMS AND TARGETS
For the implementation of the main objectives there has
to be a process to select realisable aims and targets.
Because there are a multitude of resources (wood
sentiments, energy-mix, auxiliary material), technologies,
processes and products as well as complex added value
chains and demand-pattern whichever are linked with the
use of resources, neither public nor private actors have full
action-knowledge or managing and controlling options to
the whole system [1]. Therefore, there is a very strong
need for cooperation and participation on order to select
obtainable targets (value added network; [6 and 8].
Following potential aims and targets maybe interested for
a Wood Resource Policy, but they always have to match
to the conditions of a country [1, 3, 5 and 9].
- The sustainably harvestable wood production
potential of the forest shall be exploited to the full by
an efficient forestry sector
- Demand for material wood products shall increase,
with particular emphasis on wood from forests.
- The use of fuelwood shall in-crease while taking the
principles of sustainable use and efficient and clean
exploitation into account
- The capacity of the wood value-added chain shall
increase
- The Wood Resource Policy shall make an important
contribution to the fulfilment of the objectives of
other sectoral policies through optimum coordination
- The Resource Wood should be used in a cascading
way
- Encourage the material efficiency, optimising
material usage
- Motivate circular flow economy
- Sustainable building
- Sustainable procurement
- Increase an efficient allocation
- Ecological backpack/rucksack
- Overbear market failures
- Innovation incentives
- Sustainable resource management
- Innovative change of incentive systems, stimulate
search processes
- Promotion of lighthouse projects
- Showing the origin of the material
- Raising awareness among the population and
institutional building clients
- Develop the use of hard wood for material use
- Provide the essential base data
- High-volume timber construction systems in specific
areas, “build in consisted / Bauen im Bestand”
- Coordination with partners to optimise framework
conditions
- etc.

6 IMPLEMENTATION
6.1 GENERALLY TO INNOVATION-POLICY
INSTRUMENTS
In order to implement the favoured objectives, aims and
targets of a Wood Resource Policy and Action Plan [3,5
and 9], two proven innovation-policy instruments been
recommended: lighthouse projects and the focus on
system-innovation [1 and 8].
Because the capability for increasingly resource- and
energy-efficiency is highly effective, using wood in the
housing and construction sector has an enormous positive
impact for reduce greenhouse gas emissions and grew
energy in building [1, 3, 7 and 10].
6.2 EXAMPLES OF LIGHTHOUSE
PROJECTS
Enclose some examples of lighthouse projects form
Switzerland and one from the UK. Most of them (not all)
with support of public funding’s, e.g. like the Wood
Action
Plan
of
the
FOEN
(www.bafu.admin.ch/aktionsplan-holz),
or
the
‘environment technology promotion / Umwelttechnologieförderung‘ of the FOEN (www.bafu.admin.ch/innovation), Commission for Technology and Innovation CTI
(www.kti.admin.ch). Funding can be direct at the
lighthouse project or indirect previously in a project e.g.
developing new wood products or technologies.

Figure 5: ‘Elephant-House’ in the Zoo of Zurich/CH.
Timber construction without a pillar (more than 170
different pillars at the roof edge; see picture below), crosssection dimension 80 m, roof area 6’800 m2, thickness of
the roof 90 cm, weight 1’000 ton, height 18 m, 271 roof
light, space for 10 elephants.
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Figure 9: First 8 floor flat in Wenk Road, London/UK

(google).
Figure 6: Wood construction of the head quarter of the

media group ‘tamedia’ Zurich/CH (softwood spruce/fir),
(www.tamedia.ch, www.lignum.ch).

Figure 10: Apartment building in 8045-Zurich, softwood

spruce, 1’193 ton CO2 reduction (www.co2-institut.ch).

Figure 7: Final building head quarter of the media group

‘tamedia’ Zurich/CH, (www.tamedia.ch, www.lignum.
ch).

Figure 11: Apartment building in 8000-Zurich, 2’524 ton

CO2 reduction (www.co2-institut.ch).

Figure 8: Flat ‘Sihlbogen Zurich’ from the housing
association “BG Zurlinden” in Zurich. Modern flat with
the concept of the ‘2000-Watt-Society’, for 400 people.
The energy requirement for heating and cooling is only
17.47 kWh per m2 and year (www.bgzurlinden.ch).
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required. To rise up the awareness of buildings clients and
population for the need and benefits of sustainable
buildings and using resource in general are providing the
targets.
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OPTIMIZATION PROCESS IN THE USE OF WOOD AND WOOD-BASED
MATERIALS IN HYBRID AND COMPOSITE STRUCTURES
Maurizio Piazza1
ABSTRACT: The structures assembled using different materials are up-and-coming also in the timber construction
industry, since these technologies allow to take full advantage of the mechanical characteristics of different materials
and to optimize their performances. The examples are many and very different: composite materials, composite
elements, hybrid structures. Important examples outside the world of timber are surely the reinforced concrete elements
and the steel-concrete composite structures.
In the timber constructions, some interesting applications were made, at the level of material, element, structure,
specifically in the field of rehabilitation of old existing structures, where the deficiencies observed are generally
ascribed to material decay or insufficient stiffness/strength presented by wooden elements. The strengthening
techniques generally resort to the use of new elements or new materials, which are made to "collaborate" with the
original timber member. Other more recent applications involve the use of timber structural elements connected to
substructures made with other materials, thus realizing interesting "hybrid" structures.
KEYWORDS: Hybrid structures, Composite structures, Wood-based materials

1 INTRODUCTION 1 23
The structures assembled using different materials are
up-and-coming in the timber construction industry, since
those technologies allow to take full advantage of the
mechanical characteristics of different materials and to
optimize their performances. Important examples outside
the world of wood are surely the reinforced concrete
elements and the steel-concrete composite structures.
In the timber constructions, some interesting applications
were made, at the level of material, element, structure,
specifically in the field of rehabilitation of existing
structures, where the deficiencies observed are generally
ascribed to material decay, or inadequate stiffness,
and/or insufficient strength presented by wood members.
The strengthening techniques generally resort to the use
of new elements or new materials, which are made to
collaborate with the original timber through various
modalities. The timber-concrete composite structure is
surely an interesting example, and a new section (or new
Annex) is expected in the new edition of Eurocode 5.
Other more recent applications involve the use of timber
structural elements associated with sub-structures made
with other materials, thus realizing interesting "hybrid"
structures. Just as example, many multi-storey timber
buildings are fabricated with a R.C. core, resisting to
horizontal actions (wind, earthquake).
1
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The first question which arises is surely: what is a
composite structure, what is a hybrid structure?
The definitions proposed for the word "hybrid" in the
Webster/Oxford dictionary are hereafter reported:
- an offspring of two animals or plants of different races,
breeds, varieties, species, or genera;
- a person whose background is a blend of two diverse
cultures or traditions;
- something heterogeneous in origin or composition:
composite, compound, combined;
- something (as a power plant, vehicle, or electronic
circuit) that has two different types of components
performing the same function.
The concept of "hybrid" applies hence to: i) at least two
"components" (either materials or elements) combined
so that something new (element, system etc.) is obtained
with enhanced properties; ii) something that would not
exist if the original components were separated.
Another interesting proposal for a definition of hybrid
structures, particularly suitable for multi-storey timber
buildings, is the one proposed by the "Council on Tall
Building and Urban Habitat" [1]. A "timber building" is
defined as "a building for which both the vertical and
horizontal loads are predominantly resisted by timber
structural elements", whereas a "timber composite/hybrid
building" is defined as "a building for which either the
vertical or horizontal loads are predominantly resisted by
timber structural elements".
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2 DIFFERENT WAY OF
HYBRIDIZATION
If the general concept of "hybrid" is applied in the
structural field, we find it conjugated in different ways
(material, element, system).
Material
- For sure an "historic" hybrid (composite) material is
the reinforced concrete, starting from Joseph Monier,
a French gardener, known to be one of the principal
inventors of reinforced concrete, who was granted a
patent for reinforced flowerpots by means of mixing a
wire mesh to a mortar shell.
Individual component (element)
- Hybrid elements built up of "different" materials. In
this category are included composite materials
(typically r.c. members, reinforced timber members
etc.), composite members (steel-concrete, timberconcrete, steel-glass etc.).
- Hybrid elements made of the "same" material, but in
different "form". In this category one can find steel
members built up of different steels (typically low and
high strength steels), timber members combining
different wood-based products, in-situ concrete with
precast concrete units etc.
System
- Members and joints in different materials so that the
structure attains the required performance (e.g. GLT
beams with suitable steel joints, able to simplify the
construction and to ensure system ductility).
- Mixed structural systems organized so that design
requirements are achieved (e.g. Polonceau truss etc.).
- Systems made of different materials within the same
structure (a system able to withstand gravity loads
associated with a system for horizontal actions, third
generation skins etc.).

3 COMPOSITE STRUCTURES FOR
REHABILITATION
3.1 IMPROVING ELEMENT'S CAPACITY
The capacity (stiffness and strength) of a timber element
can be easily improved by means of embedded
reinforcements, which may also satisfy other requirements
(e.g. fire protection, aesthetic requirements etc.) [2].
Figure 1 presents the cross section of an old timber beam
with embedded steel reinforcements glued along the
whole element. The beam is about 4.5 m long. The six 
12 ribbed steel bars used are of AISI 316 grade, with
fyk750 MPa and fuk890 MPa.
The diagram reported in Figure 2 (applied load, F,
versus midspan deflection, ) shows the mechanical
behaviour up to failure of the strengthened timber beam,
under the so called four point bending test according to
EN 408 [3].
It is to be observed that the reinforced timber element
exhibits a marked difference from the well-known
elastic-brittle behaviour of timber in bending.

Figure 1: Cross section of a timber beam reinforced with
embedded steel bars [2]

By design, reinforcement was expected to increase the
bending stiffness of the element of about 30%. This
increase has been verified by bending tests before and
after the intervention. The latter test was extended up to
failure, indicating an increase of about 45% in
comparison with the original (un-reinforced) element.
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Figure 2: Test result for the reinforced beam of Figure 1. Point
A identifies the first failures of wood fibres on the tensile side
of the reinforced beam

3.2 RECOVERY OF MECHANICAL CAPACITY
BY MIXED TECHNOLOGIES
When timber beams in bending belong to a floor
structure, the use of a composite system is one of the
most effective methods to reinforce them. A correct
restoration procedure must reach the desired results
maintaining for the existing timber elements their own,
essential static function: composite structures, combining
existing timber beams with slabs of other materials, are
particularly interesting.
If the decay of timber is limited, the refurbishment of
existing floor structures is commonly carried out by
means of a concrete or wood-based slab, connected to
the timber beams by an adequate connection system
(Figure 3).
Usually, the need for strengthening of the floor
structures arises when the stiffness and/or strength are
insufficient according to current Standards. Furthermore,
the use of a concrete slab is particularly effective in
refurbishment, because it offers an easy way to connect
together the masonry walls, to improve sound deadening,
to provide an incombustible element between different
storeys. From the late seventies, a number of theoretical
and experimental investigations have been carried out to
characterize different techniques of restoration: among
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others, the mixed timber–concrete solution with steel
ribbed-bar connectors epoxy-glued into the wood, and
the mixed timber–timber solution, with different wooden
slabs (plywood, boards etc.) and various connectors.
The main benefits achievable from mixed structures, in
terms of static performance, are:
1) considerable improving of the floor strength and
stiffness;
2) a greater capacity of the slab to redistribute the
applied vertical loads;
3) a positive horizontal diaphragm effect, linking the
main vertical bearing elements of the building.
Tests carried out at the University of Trento on full-scale
floor models (Figure 3) assessed the advantages offered
by the composite structure technologies when applied for
refurbishment purposes.

4 HYBRID STRUCTURES FOR NEW
OR EXISTING BUILDINGS
4.1 HYBRID BY THE SAME "MATERIAL":
EXAMPLE OF A SOLUTION FOR NEW OR
RETROFITTED TIMBER FLOOR
As mentioned before, many techniques for strengthening
existing timber diaphragms were investigated in the
laboratory of the University of Trento. Hereafter, some
full-scale tests are presented, on wooden floors
retrofitted with a timber-to-timber composite solution
completely reversible. This is an example of an hybrid
element made of the same material, but in different
"form": specifically two wooden species, softwood and
hardwood, were joined. The experimental results
obtained from two floor specimens, characterized by 6.4
m span length and subjected to a six point bending test,
are hereafter reported (Figure 4).

Figure 4: TTC beam under a six point bending test

Both specimens were assembled starting from a GL24
glulam beam, strengthened with a beech LVL (GL70)
joist, placed with the micro-lamellae disposed vertically.
The wood planks between the two elements simulated
the existing flooring (Figure 5).

Figure 5: Retrofit solution, using a hardwood-softwood
composite element

Figure 3: Different timber-based composite beams used for
strengthening existing timber floors

Two different screw configurations were addressed by
the experimental campaign. In particular, doublethreaded (DT) screws 8.5 x 190 mm were used for test
A1, while single-threaded (ST) screws 10 x 240 mm
were used for test A2. A constant spacing between
connectors (120 mm) was adopted for both specimens.
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An innovative procedure that exploit the possibility of
cambering a timber beam by simply placing another
beam element on the top of it and inserting screws
inclined at 45° relative to the beam axis [4] was adopted
(Figure 6).
642

135

Figure 6: Cambering procedure

In Table 1 the properties of the timber elements are
reported. The high performances of the beech LVL are
noticeable if compared with other traditional material,
such as traditional GLT or concrete.
Table 1: Comparison of mechanical properties
Material
properties
fm,k
(MPa)
ft,0,k
(MPa)
ft,90,k
(MPa)
fc,0,k
(MPa)
fc,90,k
(MPa)
fv,k
(MPa)
E0,mean (GPa)
ρmean
(kg/m3)

Timber
GL24[5] GL70[6]
24.0
70.0
19.2
55.0
0.5
0.6
24.0
59.4
2.5
10.2
3.5
4.0
11.5
16.7
420
≥ 740

Concrete
C25/30[7]
-

Steel
S235[8]
235

1.8

235

25

235

31
2400

136
210
7850

125
100

33
26

75

20

50

13

25
0

A1
-20

0

20

A specific technology of production of reinforced GLT
beams was developed in the '90s in Italy, under the name
of Armalam® (patented by Cattich, Gottardi, Piazza). It
must be noted that they were already present on the
market timber beams reinforced with various materials
(metallic or FRP strips, plastic sheets etc.), which, while
demonstrating some improvement of the mechanical
performance of the beam, were not fully satisfactory
from a point of view of industrial production.
Armalam® provides a method of production of
reinforced lamella, suitable for the industrial production.
The technology provides for the reinforcement of glulam
elements with the insertion of one or more steel/CFRP
bars in special grooves obtained on the surface of some
lamellae, gluing the bars to wood trough an appropriate
epoxy-based adhesive (Figure 8). The method was
developed in order to be perfectly compatible with the
modern glulam production, but also provides the
possibility to be used in the important area of
rehabilitation of existing buildings. The peculiar
characteristics of Armalam® beams can be summarized
in higher stiffness and strength if compared with a GLT
member with the same cross section. It is therefore clear
the interest for their use in all those cases in which the
overall dimensions of a traditional wood member is a
crucial design constraint.
The use of different reinforcing elements embedded into a
glulam beam can lead not only to improve strength and
stiffness of the beam but also to obtain a better mechanical
performance with regard to its ductility. In other words, an
appropriate combination of different grade laminations
and different reinforcing bars can supply elements
characterized by a more ductile behavior up to failure,
with a load vs deflection pattern that could be defined
"pseudo–ductile" (Figure 9).

q [kN/m2]

39

150
SLE (L/300)

F [kN]

A number of pushout tests, with different arrangements
of the screws, were performed to define the mechanical
behaviour of the connector systems. Those tests let
researchers to define and to optimize the design of
composite structures. In Figure 7, the results of the six
point bending tests (applied load, F, versus midspan
deflection, δ) are reported for specimen A1 and A2.

4.2 HYBRID BY DIFFERENT MATERIALS

40
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7
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80

100

120 140
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Figure 7: Six point bending tests results

Some remarks can be suggested regarding Figure 7:
- the initial camber is greater than 14.4 mm (l/450);
- the value of the load corresponding to the recovery of
the initial uplift is approx.. 4.3 ÷ 4.5 kN/m2;
- the value of the load corresponding to the
serviceability limit state (l/300) is approx. 9.9 ÷ 10.9
kN/m2;
- the failure is related to the collapse in tension of the
LVL joist failed in tension;
- the mechanical behaviour is obviously very sensitive
to the connection system adopted.

Figure 8: Assembling procedure for a reinforced GLT Armalam®
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Figure 9 shows test results of three different reinforced
glulam beams, in terms of bending moment versus
curvature (experimental and numerical). The notched
beam, referred to as AR 1+1+2, had a very satisfactory
ductile performance, as foreseen by a numerical model
in which a no tension resisting material is assumed.
Ductility, however, was induced at the cost of lower
strength and stiffness.

properly detailed to guarantee an appropriate capacity to
dissipate energy under severe deformations with a
limited degradation of strength under "low cyclic"
fatigue, while potentially brittle mechanisms (such as
shear or bending failure) outside the area of the
connection have to be prevented by checking that timber
elements are provided with sufficient strength (i.e.
overstrength).
An innovative hybrid steel-to-timber joint suitable for
different configurations within a frame was proposed by
the research group of University of Trento [12], where a
timber element is connected to a steel T-stub [13] by
means of an end-plate and glued-in steel rods (Figure
10).

Figure 10: The end-plate steel to timber joint: with (b) or
without (a) a glued steel plate inserted in a slot grooved in the
timber element [12]

Figure 9: Tested specimens and experimental results (bending
moment versus curvature, experimental and numerical) for
steel reinforced GLT beams: a) AR 2+2 Ø 12 (exp.); b) AR
2+2 Ø 12 (num.); c) standard beam SB (exp.); d) standard
beam SB (num.); e) AR 1+1+2 Ø 12 (exp.); f) AR 1+1+2 Ø 12
(num.) [9]

Experimental tests on the cyclic behaviour of the joint,
aspect of great importance for the design of earthquake
resistant structures, confirm the capability of the joint to
endow the structure a certain degree of global ductility
and energy dissipation under alternate loading.
Figure 11 provides a comparison between experimental
and numerical behaviour, in terms of Moment M –
Rotation  relationship, for three specimens (Figure 10)
with different thickness of the end-plate of the T-stub (6,
10, 20 mm), recorded during tests done according to the
test set-up of Figure 12.

4.3 HYBRID BY JOINTS
Structural ductility, that is the capability to overcome the
elastic limit without brittle failure, withstanding large
plastic deformations, is a crucial property for the design
of structures in seismic regions, allowing the dissipation
of energy by means of ductile hysteretic behaviour.
Unfortunately wood is a brittle material, which exhibits
no post-elastic deformation capacity, at least in the case
of timber elements of structural size. Consequently, in
timber structures, the dissipative capabilities are located
in connections, which could withstand earthquake
actions out of their elastic range, whereas the timber
elements are to be regarded as behaving elastically [10].
In accordance to the capacity design method [11], to
ensure a global ductility of the structure, joints should be

Figure 11: Experimental and theoretical results for momentrotation relationship: (a) specimen P6; (b) specimen P10; (c)
specimen P20-sp. P6 and P10 are assembled with the
configuration (a) of Figure 10, P20-sp with the configuration
(b) [12]

All specimens tested under cyclic load (Figure 14),
according to the standard EN 12512 [14], collapsed for
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failure in bending of the end-plate near the weld due to
low cyclic fatigue. Before failure, large plastic
deformation of the end-plate occurred for a high number
of cycles, with a modest reduction of resistance in
subsequent sets of cycles. Figure 13 presents the cyclic
experimental result in terms of moment-rotation
relationship for specimen P6.

The Eurocode 8 [10] provisions for timber structures
state that the dissipative zones, which are considered
concentrated only in (some) joints, shall be able to
deform plastically for at least three fully reversed cycles
at a static ductility ratio of 4 for structures with a
medium capacity (M) to dissipate energy and at a static
ductility ratio of 6 for high ductility capacity structures
(H), without more than a 20% impairment of their
resistance.
Both the parameters, νeq and ΔM/M, reported in Table 2
must be considered when assessing the ductility and
dissipation capacity of the joint.
Table 2: Experimental results for cyclic tests: equivalent
viscous damping ratio νeq and impairment of bending strength
for each set of three cycles according to EN 12512 [14]
Specimen

Figure 12: Set-up for monotonic and cyclic tests: (1) steel
profile connected to the reaction basement; (2) displacement
transducer 100 mm; (3) displacement transducer 500 mm; (4)
load cell; (5) hydraulic jack; (6) cyclic test protocol according
to [14]

In Table 2 an estimate of the energy dissipation by
hysteresis and the impairment of strength for some sets
of cycles are reported, where the cycles amplitude are
defined as a multiple of the yielding displacement Vy
determined through the monotonic procedure.
The equivalent viscous damping ratio νeq measured for
every third repeated cycle in the cycling procedure of
Figure 12, is defined as:

ν eq =

Ed
2 π  Ep

P6-sp
P6
P8-sp
P8
P10-sp
P10
P15-sp
P20-sp

νeq (%)

ΔM/M (%)

4 Vy

6 Vy

4 Vy

6 Vy

27,4
23,9
25,7
27,1
26,1
26,4
26,1
-

26,9
22,6
27,0
28,0
27,7
28,6
33,0
-

3,6
5,3
3,0
6,1
2,6
7,7
3,6
-

23,3
22,3
9,2
17,5
8,8
10,5
46,2
-

All the joints tested, but specimen P20-sp, showed to
possess the required plastic deformation capacity, and
with similar values of energy dissipated (νeq = 24÷27%
for 4 Vy and νeq = 22÷33% for 6 Vy).

(1)

where Ed is the energy dissipated in a full cycle, and Ep
is the available potential energy.
It is worth noting that the values of the damping ratio at
the yield point obtained from the experimental results
(except P15-sp and P20-sp) are for all specimens
comparable with that recommended in literature for
bolted steel structures [15].

Figure 14: Specimen P10-sp under test

Figure 13: Monotonic and cyclic experimental results
(moment-rotation relationship) for specimen P6

However, only specimens with an end-plate thickness of
8 and 10 mm, satisfy at 6 Vy the limit of 20% of
reduction of resistance between the first and the third
cycle, and can hence be classified as highly dissipative.
The other specimens (except P20-sp) should be
classified as possessing a medium dissipation capacity.
Figure 15 presents some possible applications of the
analysed joint in a portal timber frame as momentresistant corner and moment-resistant base connection.
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modular buildings is reported in Figure 16, taken form
reference [21].
(a)
(i) Elements to be assembled

(b)

FE

1

5

FE

2
5

FE
BE

1

FE
2

(ii) Assembly of elements
3

FE
BE
BE
BE

BE

4

4.4 HYBRID BY MATERIAL AND STATICS
4.4.1 Hybrid steel-timber structures
In accordance with the ‘Horizon 2020’, the buildings
have to drastically reduce the energy consumed during
the whole life cycle, as well as their related emission of
carbon dioxide (CO2) into the atmosphere. As part of this
process, the building industry is promoting constructions
developed according to an energy-efficiency perspective.
Hybrid steel-timber structure is a new integrated and
sustainable construction technology, which can use
modular and prefabricated steel-timber wall and floor
elements. It is a flexible solution with regards to the
changing housing needs over time or for office
buildings, with the possibility to modify the internal
distribution of spaces. In the field of steel-timber hybrid
constructions some recent works must be cited: Asiz and
Smith [16], Dickof et al. [17], Bhat et al. [18], He et al.
[19] and Okutu et al. [20].
Hybrid structures made of steel elements and CLT
panels allow the construction of lightweight and highly
industrialized buildings. Such a construction technology
allows the design of open space structures in which the
construction elements are quickly and accurately joined
using mechanical ‘‘full-dry” connections. Furthermore,
components or structural parts can be easily replaced,
restored or recycled during the building lifetime.
With reference to the stability against lateral loads,
hybrid systems with steel frames and CLT wood-based
panels are typically as light as timber–timber mixed
construction systems. However, they can take advantage
both of the intrinsic deformation capacity of the steel
elements and the use of mechanical fastening devices.
Furthermore, since steel–timber hybrid structures are
joined using special dry devices, they do not require
either casting concrete on site or completion on site of
precast concrete elements, as commonly required by
heavy hybrid timber–concrete construction systems. A
possible layout of an hybrid steel–timber structure for

Research in this specific field is in progress at University
of Trento. In particular, the aspects that affect the inplane behaviour of the floors and shear walls were
studied and are in progress. Several arrangements of the
connections were analysed in order to provide adequate
structural stability under in-plane forces. The joint
configuration necessary to build steel-timber bracing
walls with ductility capacity, as well as sufficient
stiffness and load-bearing capacity, was designed based
on a parametric study. Then, the joints for floors were
implemented in order to provide an in-plane behaviour
as close as possible to a rigid diaphragm in accordance
with the design criteria for earthquake resistant
structures provided in Eurocode 8 [10].

distribuited load q (kN/m)

Figure 15: Possible applications of the hybrid steel-timber
joint in portal timber frames

Figure 16: Innovative hybrid steel–timber solution for high
industrialized modular buildings. Building concept and
structural components. 1: CLT panel; 2: steel thin cold-formed
beam; 3: I-B-7 beam-to-panel connections; 4: I-A-1 beam-topanel connections; 5: panel-to-panel connections; FE: floor
steel-timber composite elements; BE: bracing wall composite
elements [modified from 21]

q
f
l=6 m

deflection f (mm)

Figure 17: Static behaviour of steel-timber composite floors
assembled by means of different connectors, compared with the
behaviour of the same floors with rigid connections or no
connectors (dashed lines)
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A number of tests on different connections to assemble
steel-timber composite floors (or walls) are reported in
Loss et al. [21, 22]. Some results in terms of load q vs
midspan deflection f are summed up in Figure 17.
However it should be noted that timber buildings have
often resorted to "hybrid" constructions, in which
different sub-structures assembled with different
materials are optimized to withstand different actions
(vertical or horizontal). Just as an example, Figure 18
shows a classic single storey warehouse, with hybrid
steel-timber solutions both for roof structure and for the
vertical windbracings.

also on the basis of their dynamic behaviour under
lateral loads [23].
These examples demonstrated that, when timber is to be
used in large and/or tall buildings, it is likely to be
utilised in conjunction with other materials, such as
reinforced concrete or steel. Consequently, the
interaction between timber and concrete structural
systems is of interest and must be deeply investigated,
since it is not perfectly clear the dynamic interaction
between the concrete core and the timber walls.
Reference [23] presents a study on the dynamic
behaviour of the buildings. The natural frequencies were
calculated based on the structural action of the concrete
core alone, since that was considered to be readily
predictable using established methods. The difference
between the natural frequencies predicted using the core
alone and those measured for the entire building could
then be used to give an insight into the contribution of
the timber structure in each building and for each mode
of vibration.

Figure 18: MELINDA Headquarters and distribution centre
(Val di Non, Trento, IT) (courtesy Rubner Holzbau SpA,
Bressanone, IT)

4.4.2 Hybrid timber-concrete structures
In recent years timber construction systems have been
increasingly used in multi-storey residential buildings in
Europe, which represents an evident change in
comparison with the one- and two-storey houses
responsible for the bulk of structural use of timber over
the last century. Two examples are reported in Figure 19,
concerning two 5-storeys timber houses, with the same
plan, built using two different technologies for the walls:
timber frame (TF) and cross laminated timber (CLT).
The two buildings differ only in the structural system
supporting vertical loads, since both have a concrete core
able to withstand horizontal actions (wind, earthquake).
Those two buildings have given the unique opportunity
for a comparison of the two key forms of timber
construction in economic and engineering terms, and

Figure 19: Plan sections of the Light-Timber-Frame TF
(above) and CLT (below) 5 storeys buildings with concrete
core resisting to lateral actions [23]
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In the field of wood-concrete hybrid constructions, it is
not possible to forget the LCT One project, and the first
8-storey example built in Dornbirn (Figure 22). This is
an interesting structure since it integrates both prefabricated wood-concrete composite floors and a hybrid
structure, in which the resistance to the horizontal forces
is assigned to the concrete core.

Figure 20: A CLT multi-storey building with concrete core,
during construction

Other interesting examples can be cited all over the
world, where the concrete core (accommodating stairs
and lift) resisting horizontal actions is used in
combination with timber structural systems (GLT
frames, light-timber-frame walls, CLT walls) carrying
vertical loads (Figures 20 and 21). It must be remarked
that, in some countries, prescriptive regulations for fire
safety are a key constraint during design. The stairwells
used as way of escape in the event of fire, mounted
inside the building, must be separated from the other
areas of the building by walls/floors guarantying the socalled "compartmentalization" which, for some
regulations, can be assured only by non-ignitable
materials (like concrete).

Figure 22: The Life Cycle Tower ONE (LCT ONE), an eightstorey timber-concrete hybrid building in Dornbirn (AT) [24]

5 CONCLUSIONS
As ancient Romans said ‘nihil sub soli novi’ (nothing is
new under the sun), however everything is evolving. The
conceptual design of hybrid and composite structures
makes no exception. We are ready to go towards and to
accept new hybrid/composite solutions, with the only
one concept of optimizing the use of different materials,
thus improving structural efficiency as well as the
sustainability of new constructions. Nevertheless it must
be remarked the lack of normative indications or
technical guidelines at the structural level, namely
Eurocode 5 [25] and Eurocode 8 [10]: also in this case
‘nihil sub soli novi’ since innovations and new
technologies always come before than Standard’s
suggestions or prescriptions.
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FROM EUROPE WITH LOVE
Gary C. Williams1
ABSTRACT: Over the last two decades or so, increasing familiarity with European creativity in building with wood
has excited wood designers and constructors world-wide.
This has led to new visions of daring and adventure to change building codes and design standards, establish new
manufacturing and distribution channels, all to bring expanded opportunities to work with wood that Vogue Paris
describes as “a trendy product…undoubtedly one of the most elegant building materials”.
This paper will examine how the North American exposure to European product development and production
techniques has contributed to the explosion of interest and vigour to challenge well established barriers to build with
materials other than steel or concrete in non-residential construction.
KEYWORDS: European influence, Product development, Production techniques, Cross Laminated Timber, Building
Codes, Connections, PRG 320

1 INTRODUCTION 123
I wish to speak to my experience in understanding how
wood was thought of as a more eligible construction
choice when designers contemplated new non-residential
construction in Europe than they did in North America.
My thoughts are based on experiences from my early
visits to production facilities and academic institutions in
a number of European Countries and the ongoing
personal contacts established with some involved in the
development of wood building standards and various
aspects of building with this unique material.
The paper primarily addresses how the development of
Cross Laminated Timber (CLT) production in Europe
fostered independent design material and the eventual
establishment of production facilities in the U.S. and
Canada.

2 Awareness of opportunities
Obviously here the title of my paper taps into the theme
of the 1963 James Bond escapade “From Russia with
Love”.
There has always been lots of excitement and action,
adventure and passion in the various Bond films that
have unfolded over the last 54 years.
1

Gary C. Williams, Timber Systems Limited, Markham,
Canada.
gwilliams@timsys.com

Similarly, as the influences of achievements of European
wood researchers and manufacturers began to migrate to
North America, there has been excitement and adventure
associated with that too.
Hence I am stretching a point to link some thoughts in
this way.
There have been thirteen previous WCTE conferences,
and since 500 or so attend each event, these have played
a significant role in disseminating current wood design
and fastener research around the world.
In preparing this paper, I polled some of my colleagues
to ask what had stimulated their thoughts of grander
opportunities for building with wood.
A number mentioned that the material presented a
“double header” conference held in Las Vegas in 1992
was the early alert to the larger community of the North
American timber industry that European practitioners
were not only looking at quite different ways of using
timber in structures, but in connecting the members
together.
The “Conference on Wood Products for Engineered
Structures” was paired with the “International
Workshop on Wood Connectors”.
In the same year, Professor Borg Madsen (by now at the
University of British Columbia) published the first of his
two books Structural Behaviour of Timber [1] where he
focused on the need to recognize the strengths of large
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timbers by in-grade testing. He spoke of how the
understanding of such timber behaviours could be
incorporated into improved design procedures for timber
members. Dr Madsen advocated that “Timber is as
different from wood as concrete is from cement” and
brought his Danish experience to Canada as an early
ambassador for advancing more significant timber
structures there.
Some in North America were beginning to open a
window into new thinking about structural wood design
to include a perspective from across the Atlantic.
If each Canadian were to look from their window, he or
she would see a forest cover of about one hundred and
twenty football pitches, an American would see thirteen,
and even including Russia, a European would see about
two and one half.
Since Europe has almost twice the population of North
America, in order to support domestic construction from
their forest resource, the zeal to optimise the use of the
relatively smaller per capita availability of fibre across
the several countries is understandable.
Universities in Germany, Austria and Switzerland
established quality programmes to advance research and
technical training with a view to optimise and refine
design and building approaches to build with wood.
Integrating practical industry experience into those wood
syllabuses provided graduates with a broad scope of
understanding of both the potential and limitations of
using the product.

result, any efforts to increase wood design and research
had to find a different approach.

3 North American practice
The preference in both the U.S. and Canada is to use
light wood framing for residential buildings.
Almost 70% of the softwood lumber harvest is being
used in light wood frame construction. [2].
Not surprisingly then, much of the research on materials
and production processes has been directed to supporting
these applications.
Reports of changing lifestyle tastes are showing a shift
from single family housing with associated commuting
into the employment centres to a balanced mix between
single-family and multi-family housing. [3].
Building such accommodation with wood higher than
four storeys has been challenged by prescriptive building
code limitations in both countries. This paper will later
describe some of the changes made to such regulations.
There were already examples of large wood buildings in
the US and Canada. Some six storey heavy timber
framed structures more than 100 years old still serve
office and residential occupancies in Vancouver and
Toronto. They were few and far between.
There were landmark glulam structures such as the 160
metre diameter Tacoma Dome built in 1983 that still
serve well.

Figure1. An example of the images of European wood
construction that flagged early North American interest in
more innovative wood designs.

Figure 2. Tacoma Dome, Washington, U.S.A.

While basic wood engineering courses have been part of
civil engineering programmes at some Canadian and
U.S. universities, it remains a rare student that graduates
having had hands-on experience in a work place.

However, most designs for the various larger wood
buildings up to the late 1900’s were rather basic.
Connections were generally made with bolts, split rings
and shear plates.

The demands of new programmes such as environmental
studies have made it difficult to find any more time for
wood courses in civil engineering departments. As a

These efforts relied on the applying the technology
presented in wood design courses in North American
universities and colleges at the time.
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5 Identifying differences from abroad
Canadian and American researchers and academics who
were attending meetings such as CIB-W18, (now
INTER) and international conferences were recognising
that wood research was being managed differently
elsewhere.
These folk were meeting emerging champions who were
also stimulating new thinking in working with new
fasteners and advancing CNC manufacturing processes.
They saw examples of larger and more intricate timber
structures. They saw the development of manufacturing
large wood panels at KLH and then other locations.
Names such as Natterer, Larsen, Ceccotti, Glos, Blass,
Schickofer, Weirer and many others were becoming
known in North America as reports of the various
conferences and visits were discussed.

The Centre for Advanced Wood Processing and Wood
Science (CAWP) is Canada’s national centre for
education, training and technical assistance for the wood
products manufacturing industry. The centre is housed in
the Forest Sciences building at the University of British
Columbia UBC in Vancouver.
The large mass timber structure, completed in 1996 at a
cost of approximately 35 million Euros, was the largest
building on campus at that time. Structural Composite
Lumber, in this case, locally produced Parallam® was
used to frame the structure.
Thankfully it is not the case today, but at the time there
were no established resources capable of building such
work on the Canadian West coast. The contract was
successfully framed and installed on schedule by a crew
travelling 4,900 kilometres across the country to do the
work.

With this widening awareness of new products and
fasteners from abroad, industry was beginning to see
rays of possibilities to promote structural timber as a
more viable material option for designers in nonresidential work.
There were few North American structural engineers
who had reasonable confidence to design more than
elementary wood systems.
From a purely practical perspective, most engineers had
little reason to propose other than steel and concrete for a
new project. They were familiar with the potential and
limitations of both materials, and design processes were
well learned.
Their fees would better support work to design with a
material they knew how to manage. To commit time to
essentially self-train to engage a timber design was not
an attractive prospect.
Even those engineers who were prepared to size wood
members or even frames were uncomfortable with
designing the connections, and spoke of this as the most
difficult part of designing with wood. [4].
Understandably architects were becoming discouraged
by the low level of available domestic technical support
that they needed if they were tempted to consider
designing buildings similar to the more adventurous
buildings they were beginning to see from abroad. Their
discontent was expressed to industry associations in
focus sessions.

Figure 3.. Forest Sciences Building at UBC, Vancouver.
Timber Systems Limited, 1994

In late 1999 I was pleased to be a part of a group of
twelve Canadians, made up of educators, consulting
engineers, and a few manufacturers who set out from
Zurich for a ten-day tour of Swiss, German and Austrian
plants. The tour included visits to FH Rosenheim
University of applied Science and the Berne University
of Applied Science in Biel. The group also attended the
5th Holzbau-Forum in Garmisch-Partenkirchen.

6 Addressing the opportunity
There were a number of developments that led to the
point where North America eventually moved to engage
more focused timber engineering training, and where
industry committed to invest in new equipment and to
produce new products.

Figure 4. Some of the participants in the 1999 European Tour
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This visit was the first organised attempt to find out just
what tricks these European wood magicians had
conjured, and then to think about what could be
integrated into the Canadian landscape.
Over time it became clear that it was the personal
contacts established and nurtured relationships that
facilitated a great deal of the information transfer that
was key to supporting North American planning for
more mass timber work there.
At around the same time of these developing contacts a
number of Swiss and German students decided to
include U.S. and Canadian schools as a part of their
studies. Some later returned to accept employment there
which brought another level of technology transfer along
with their practical experience to influence the
workplaces.

7 Establishing formal programmes
Canadian Industry interest was now driving efforts to
create a wood research and education strategy along the
lines of what had seen to be the European model.
The vision was to create a world class research and
education programme that would place it at the forefront
of innovation and knowledge developments in the field
of building design and construction.
A Chair was established in 2006 to oversee a programme
integrating contributions from each of the Architectural,
Civil Engineering and Forestry Departments at the
University of British Columbia.
As this narrative describes, many of the early initiatives
to discover what was happening in Europe that could
supplement this construction sector were coming from
Canada.
In 2011, the “NEWBuildS” programme engaged liaison
and cooperation between four universities and other
research facilities across Canada. This project was
completed last year. It supported over 70 graduate and
post –doctoral students, and produced more than 60 PhD
and MSc theses.
These theses encompassed a broad range of related
disciplines. They included structural engineering, fire
engineering, building envelope design, durability and
product characterisation of North American CLT.
The outcome has been a larger resource of talent to
populate engineering offices and industry positions.

8 Differing approaches and PRG 320
European CLT producers currently work with their own
proprietary manufacturing standards and product
performance predictions. ISO is yet to publish generic
CLT component performance and production

requirements even after some twenty years of product
manufacture.
Regular visits to Austria and Germany by private
companies had been happening for some years now and
were essential components of planning for the first
Canadian and U.S. CLT plants.
At the outset of contemplated North American CLT
production, Canada and the U.S. joined forces to prepare
a production standard document Standard for
Performance Rated CLT (ANSI/APA PRG320) to which
manufacturers could be certified and to which specifiers
could reference for performance expectations. The
standard was updated in 2015.

9 Technical development
Both the American and Canadian Wood Councils are
industry-supported associations charged with the
development of design standards and support materials
for the construction of timber buildings. They also work
to coordinate marketing initiatives.
In considering the best way to introduce CLT to the
North American designers, each country took slightly
different approaches to publishing design data.
The American Wood Council published basic design
direction and capacities for CLT manufactured to PRG
320 in its 2015 edition of the National Design
Specification (NDS).
Rather than publishing preliminary CLT material in the
2014 edition of the Canadian Standards Association
design standard “Engineering Design in Wood” CSA
086), the Technical Committee chose to wait while more
developed materials were available to include in the
standard.
Committee work continued for the next two years in
order to prepare a substantial supplement which was
published in June of this year. It attends to a broad range
of design and performance parameters to guide engineers
to engage CLT panels as building systems, not merely
panel elements.
By now, a number of other things are coming to be in
North America.

10 North American CLT production and use
CLT production had begun in 2011 at two Canadian
glulam plants with the interest to establish the panel as a
complementary product to their current work and expand
opportunities for mass timber construction in general.
Approvals for CLT production at a similar U.S. facility
was in place as of last year, so viable sources of
domestic product were now in place.
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The CLT manufacturers were themselves providing
design assistance to consultants to support the
integration of the product into new projects.
Technical seminars and presentations mounted by
industry associations in both countries were now
beginning to including examples of domestic successes
as well as interesting projects from overseas.
Quite independent of CLT work, glulam structures were
being realised more often in non-residential construction
both in the U.S. and in Canada. The promotion of these
successes was building confidence in the contracting
community.

October this year will see construction begin on a twelve
storey tower in Portland Oregon, and a ten storey
residential tower in New York City awaits final approval
from the city.
The largest of a number of tall wood buildings currently
underway in Canada is the eighteen storey student
residence building at UBC in Vancouver.
North America is now seeing new timber buildings
becoming part of downtown landscapes. Work is
currently underway on a seven storey glulam and naillaminated deck panel structure in Minneapolis,
Minnesota. Work has begun on a four level glulam and
CLT retail store surrounded by towering office high rises
at Canada’s busiest intersection in Toronto.
Many other such innovative projects already in
construction are being presented at this conference, and
as a result likely make this event in Vienna one that
showcases more that is new in building with wood than
any before it.

Figure 5. Glulam Atrium, Toronto, Canada. Timber Systems Limited

There were emerging champions from the Canadian
design community. Engineers Robert Malczyk and Eric
Karsh of Equilibrium Consulting and energetic architect
Michael Green were actively promoting interest in
building tall at home, in the U.S. and even in Europe.
These and other professionals were planning and
designing projects that included glulam, CLT and other
products on a much larger scale that had been considered
previously.
Landmark buildings such as the nine-storey Murray
Grove project in London, and the ten storey Forte
Melbourne, both completed less than eight years ago
with Austrian expertise and product served to confirm to
global audiences that a new era of wood construction
had arrived.
The Eurozone no longer holds exclusive bragging rights
to building tall with wood.

Figure 6. Installing 25 KLH panels per day. September 2015. Timber
Systems Limited.

Hoping to find an advantage in this new “action”, a
number of contractors, entrepreneurs and even designers
were now approaching European manufacturers directly
to fill their requests for CLT quotations to supply
product in competition with the newly established
domestic plants.
Not all realise that without making some modifications
to manufacturing procedures, current European CLT
production does not comply with the requirements of the
North American Manufacturing Standard PRG 320.
Consequently, such non-conforming use in North
America requires that the project engineer of record
assesses the characteristics of the product offered and
make a professional judgement as to the appropriateness
of its use in the particular project. It remains then to
convince the building officials with local regulatory
authority that some requirements of the PRG 320
Standard may be waived to allow acceptance.

WCTE 2016 e-book | 125

This means that such products need to be evaluated and
qualified for a project on equivalent performance terms
to PRG 320 requirements as well as the offered price.
Distribution relationships for some European CLT
producers for some territories are now in place, whereas
other manufactures are choosing to work directly with
clients on an ad-hoc job by job basis.
Until North American demand justifies additional
domestic manufacturing capacity, one can expect to see
offshore manufactured CLT to be part of the supply
chain for some time.
Relative fibre and manufacturing and shipping costs, as
well as currency exchange rates will be some of the
factors that will apply in determining the competitive
position for European manufactured product.

11 Making connections
Importantly, building with Mass Timber involves more
substantial connections to transfer what are higher loads
by virtue of typical larger structural configurations.
Connections with small diameter tight-fit dowels were
among those that some European designers were
working with to attend to the larger loads. Such
connections were not familiar to designers in North
America.
Only a few designers with knowledge of German were
equipped to read and understand the available design
data from the literature and then to predict the behaviour
of the various fasteners in species other than European
spruce.

North America) is more difficult than is the case with
pine, so pre-drilling is necessary in some applications.
Published screw capacities are not generally available
for Douglas fir applications.
The ability of CNC equipment to precisely frame glulam
and other products supports the use of a number of
concealed fasteners. Such connections were not often
part of North American construction, but with the many
CNC machines now in place, manufacturers are better
equipped to include such offerings in their timber
projects.
Again, as is the case with CLT, the lack of generic
design data for screws and other connectors makes
specifying such products difficult for designers.
Literature from European screw and other connector
manufacturers express capacities as characteristic values.
This means adjustment factors need to be applied before
their use in a standard Canadian Limit States Design
format for example.
The current situation presents a risk of unsafe designs if
the designer mistakes the basis of the presented data.
Testing of these screws in North American species is
underway with an interest in establishing a reasonable
standard basis for assessing capacities for specific steel
strengths and product diameters that can be included in
design standards.

12 Software innovation
The main topics discussed in this paper so far have been
CLT and specialized fasteners that have originated in
Europe.
It is useful here to also mention that prior to either of
these products engaging the interest of the North
American Engineered Wood Products industry, software
programmes were already developed in Europe to model
and detail structural members and connections as well as
to prepare machine files to interface with CNC
equipment.

Figure 7. Moment connection using tight-fit dowels

Much detailing work in North America had been
managed by AutoCAD software that each company
configured to its particular requirements.

More recently, the development of the long, course
thread self-tapping screws has shown these fasteners to
provide effective and efficient load transfer mechanisms
in such structures.

However, the power and capability of this industry
specific software was soon recognised as essential to
moving forward with more adventurous framing work.

Good acceptance of these products in North America has
justified the establishment of distribution facilities there
to provide better access to a range of screws and
connectors that previously were often flown in on
demand.
Working with these screws in Douglas fir (as is
commonly used in solid timber or glulam construction in

These mainly Swiss and German programmes quickly
established a hold on the market, and most providers
now have on-the-ground technical and service staff in
place.
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13 Industry and government responses
The various elements of research, product development
and manufacturing processes for both wood products and
fasteners discussed in this paper have proven to be a vital
stimulus to efforts to increase the potential for building
with wood in not only North America as has been the
focus here, but globally.
Significantly, the increasing success of mass timber
construction in Canada and the U.S. is demonstrating
that lessons were well-learned and learned quickly.
Initiatives to promote and support interest in the U.S.
have included the Tall Building Competition promoted
by the Softwood Lumber Council in 2014.
This effort funded proposals for the development of
concepts for the construction of tall wood buildings of
twelve storeys or more, one to be built on the East coast,
the other on the West coast. The winning proposals have
now advanced into the construction phase.
A Press Release from the U.S. Congress this May
described the introduction of the Timber Innovation Act
– bipartisan legislation that would help accelerate
research and development – and ultimately construction
of wood buildings in the United States. Specifically, this
legislation would focus on innovative ways to use wood
in the constriction of buildings above 26 metres, or
roughly seven or more storeys.
Actions to modify building codes and standards have
been very effective in removing some long-standing
barriers to expanding the potential to build with wood.
For example, the Government of the Canadian Province
of Quebec launched a technical guide last year titled
“Construction of Mass Timber Buildings up to twelve
storeys”.
North America itself has not been without creative and
innovative spirit when it comes to wood research and
product development.
Work there on seismic loading provisions has provided
world-leading direction to designers who promote wood
buildings as being well suited to building in earthquakeprone regions.
Structural Insulated Panels (SIPs), Wood I –Joists,
Structural Composite Lumber (SCL), Oriented Strand
Board (OSB) and other panel products play roles in
everyday construction in both the U.S. and Canada, but
have seen limited use in the Europe.
As cross-ocean relationships mature and experience with
each project develops optimisation of processes, the
potential for North America to reciprocate with its own
contributions to European wood construction may well
lead to a future paper “From North America with love”.

14 CONCLUSIONS
The interest in seeking out the results of recent decades
of wood research, product innovations and advances in
manufacturing processes in Europe has resulted in many
of those achievements being effectively integrated into
Canadian and U.S. construction.
The on-going adaptation of building codes to establish a
regulatory basis for building larger and higher with
wood, the strengthening of domestic manufacturing
resources, and an avid interest in considering wood as a
viable and desirable building material do herald
expectations of growth in the industry to challenge longheld decisions to build with steel or concrete in the short
term future.
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POST-TENSIONED TIMBER FRAMES AT THE ETH HOUSE OF
NATURAL RESOURCES
Jelena Ogrizovic1, Flavio Wanninger2, Andrea Frangi3
ABSTRACT: This paper covers different aspects of the structural performance of a post-tensioned timber frame in
order to create a global picture of the system being introduced to the market. A theoretical background describes the
main principles on which the structural response relies on, using analytical models and experimental results processed
over the previous years. Furthermore, the long term behaviour is addressed, being an important factor for the structural
performance. The technology developed at ETH Zurich found its first application in the ETH House of Natural
Resources, which was recently inaugurated and is now being used as an office building. The process of construction
proved that the system is easily applicable in practice, providing flexibility in the building layout and quick and simple
erection of the structure. The practical implementation of the system revealed which details can be given more attention
and indicated the direction for further research.
KEYWORDS: Post-tensioned timber frame, House of Natural Resources, Hardwood, Sustainable construction

1 INTRODUCTION 123
The amount of hardwood in the Swiss forests has been
increasing in the past decade due to climate change and a
change in silviculture. However, nearly 60% of the
harvested hardwood is currently used directly for
energetic purposes only. The opportunities to use the
hardwood for other applications firstly, for example as
construction material [1], arise. This is also one of the
main objectives of the timber research group at ETH
Zurich, i.e. the development and promotion of structural
elements using hardwood.
One of the proposed technologies that benefits from the
use of hardwood is the post-tensioned timber frame, an
innovative structural system developed at the Institute of
Structural Engineering of the ETH Zurich. The frames
are composed of glued laminated timber (glulam), the
beams and the columns being connected by a single
straight tendon in the beam centreline. While the beams
are made of softwood (Norway spruce, picea abies), the
hardwood reinforcement (European ash, fraxinus
excelsior) in the columns is necessary to establish a
moment resisting connection.
The concept of post-tensioned timber frames was firstly
developed at the University of Canterbury in New
Zealand [2–4]. The idea to establish a connection
between the elements of a timber frame by means of
post-tensioning was adopted and further explored at
ETH Zurich. The system developed at ETH Zurich suits

the requirements of the European construction market,
using locally available timber species.
Although the two systems with post-tensioned timber
frames are based on the similar background, they show
differences in the joint detail dissipaters and the design
approach. The column is reinforced with hardwood to
prevent the excessive deformation due to the high
stresses perpendicular to the grain, rather than using selftapping screws. Moreover, an analytical model based on
a Winkler foundation [5] was introduced for the design
process, rather than using the “modified monolithic
beam analogy” [6, 7].
The technology was implemented in the ETH House of
Natural Resources (ETH HoNR) [8], as shown in Figure
1. A two-story post-tensioned timber frame was
constructed. The building has two purposes: to serve as
an office building and as a full-scale research lab. The
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Figure 1: The ETH House of Natural Resources with the two
top stories constructed with a post-tensioned timber frame.
(Photo: ETH Zurich / Marco Carocari)
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building is one of the few examples where a timber
frame structure fully replaces a structural system made
of concrete or steel, nowadays the most commonly used
materials.
This paper gives an overview of the main features of a
structure with post-tensioned timber frames with
hardwood joint reinforcement as the load bearing
system. It provides the theoretical background necessary
for understanding the principles of the structural
response and experimental results that confirm the
chosen analytical approach. It covers different aspects of
structural behaviour, such as the local response of the
beam-column joint, the global response to horizontal
loads and the time-dependent effects. Further, the
experience gathered during the construction of the first
building designed with this innovative system is given
and different possibilities for the application of the
system are suggested. Finally, the recent achievements
and the current intentions in the ongoing research about
the post-tensioned timber frames are presented.

2 THEORETICAL BACKGROUND
2.1 THE CONNECTION PROTOTYPE
The connection prototype was developed in the scope of
master thesis of Roman Schneider [9]. The main features
of the connection, shown in Figure 2, are:
 Massive timber elements
 Use of post-tensioning
 Column reinforcement using hardwood
The frame system accommodates the vertical and the
horizontal loads acting on the structure. The system
intends to provide adequate stiffness and moment
capacity of the joint, corresponding to a semi-rigid
beam-column connection, as well as adequate lateral
stiffness and capacity of the system. This goal demands
for large cross sections of timber members. The beams
were made of the widely available spruce glulam, while
the columns were reinforced with ash glulam.
The post-tensioning is used to introduce initial
compression to the connection. The force in the tendon
enables forming a compression joint between the beam
and the column. All the stresses in the connection are
accommodated by the tendon in the middle of the beam

Figure 2: The prototype of the connection. The darker areas
are made of hardwood.

section and the contact zone between the beam and the
column [10]. Introducing a bending moment to the
connection, as it would be the case for the joints in a
moment resisting frame, leads to the change in stress
distribution and eventually opening of the gap between
the elements. At this point, the post-tensioning is
particularly important, as it acts on returning the
elements in the original position and closing the gap. The
self-centring behaviour is accomplished in this way.
The post-tensioning force creates compressive stresses in
the elements of the frame. In the connection zone the
column is loaded perpendicular to the grain and the
orthotropic nature of the material becomes important for
the connection response. The stresses resulting from the
post-tensioning, which increase as the gap opens, reach
high values compared to the compressive strength
perpendicular to the grain of the column. Therefore,
hardwood is chosen due to its higher stiffness and
strength perpendicular to the grain. The same type of
reinforcement was implemented in the bottom part of the
beam, in order to provide additional resistance to high
stresses in the compression zone resulting from the
gravity loads.
The application of the system in the real building
resulted in a change of the initial connection design. It
was shown that a more economical solution is to build
the columns of the frame entirely of hardwood. The
beam reinforcement in the connection area is not
essential since the compressive strength perpendicular to
the grain of the column governs the structural response.
2.2 THE BEAM-COLUMN JOINT RESPONSE
The structural response of post-tensioned timber frames
was studied in a series of experimental and numerical
investigations. The detailed response of the beamcolumn connection was studied on a joint subassembly
consisting of a column with hardwood reinforcement in
the connection zone, as in Figure 3 and two beams
attached to the column by a steel tendon. The global
structural response was investigated with pushover tests
on a full-scale three-bay frame, with similar
characteristics as the load-carrying system used in the
House of Natural Resources.

Figure 3: A test on the joint subassembly.
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Figure 4: Moment-rotation behaviour from tests performed on a post-tensioned timber connection and model prediction.

The behaviour of the beam-column joint was
investigated experimentally in a series of tests conducted
on a joint subassembly [11]. The subassembly shows a
linear elastic behaviour up to the moment of
decompression, which can be seen in Figure 4. The
rotational stiffness of the connection is constant in this
range, and corresponds the initial stiffness. The initial
stiffness of the connection depends only on the geometry
of the beam and the material properties of the column,
based on the analytical model used to make the
predictions of the outcome of the experiments. A gap
starts to open when the compressive stresses at the
external part of the beam cross section are lost due to the
bending moments introduced to the connection, because
there are no elements in the connection that would
provide the transfer of tensile stresses. Increasing the
bending moment reflects in the larger gap between the
beam and the column and movement of the neutral axis
towards the compressed area. When the gap reaches the
tendon, the latter starts to elongate and the tendon force
increases. This behaviour has a stabilizing effect on the
overall performance, due to the increase of the
compressive stresses in the connection. The relation
between the moment and rotation regains the linear
form, only with a different – secondary stiffness. The
secondary stiffness depends on the geometry of the
beam, the material properties of the column, but also the
properties of the tendon, namely the initial tendon force,
area and the length of the tendon. The connection shows

self-centring behaviour that can be approximated by a
bilinear curve.
2.3 THE GLOBAL RESPONSE
The lateral stiffness of the frames is assessed in the
pushover test series. A fully scaled post-tensioned timber
frame presented in Figure 5 was subjected to horizontal
loads in the beam level, while the horizontal deformation
at the same level was recorded. Several tests were
performed, altering the tendon forces to investigate the
influence of the initial post-tensioning force on the
lateral stiffness of the frame.
The tests performed on the frame showed
interdependence between the tendon force and the
stiffness, as can be seen in Figure 6. The initial stiffness
is in the similar range for the different load levels.
However, when the load is increased the gaps start to
open firstly on the outer columns, followed by the gap
opening at the inner columns. The moment of
decompression as well as the secondary stiffness are
directly related to the initial post-tensioning force, which
explains the results of the pushover tests. The gradual
opening of the gaps stats early for low initial tendon
force, while the tests with high load level experience
practically linear behaviour throughout the whole test.
Figure 6 also illustrates the self-centring behaviour of the
whole system. After the initial linear phase, the system
shows softening behaviour. However, there is no
inelastic deformation that would indicate damage in any
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Figure 5: Pushover-tests on a post-tensioned timber frame.

Figure 6: Pushover-curves of a post-tensioned timber frame
with different levels of the tendon force.

Figure 7: Post-tensioned specimens equipped with load cells to
measure the tendon force over time.

of the elements of the frame. The nonlinearity is purely a
result of the gap opening that occurs at the beam-column
connection. This gap closes as soon as the load is
removed and the frame returns to its original position.
Valuable information about the structural behaviour is
collected using the structural identification techniques
during the construction of the House of Natural
Resources [12]. The structure is artificially excited and
the states of the system are assessed in different
construction phases. Natural periods and modes of
vibration are extracted from the data. The results of the
tests performed at the ETH House of Natural Resources
showed good agreement with the outcome of the
pushover test, as well as the analytical predictions.

vertical as well as lateral stiffness of the frame. This
relation was also observed in the pushover tests
performed on a post-tensioned timber frame. The frame
was loaded by a horizontal force while the horizontal
deformation was recorded. Figure 6 shows the result of
these tests performed with different tendon forces. It is
noticeable that the frame is softer for lower tendon
forces and stiffens if the tendon force is higher. It is
therefore important to estimate the losses in the tendon
force accurately and account for these losses in the
design phase.
A long-term testing campaign was conducted at the ETH
Zurich. Changes in dimension of a set of scaled timber
specimens, presented in Figure 7 have been recorded for
over three years [10]. Two different climate conditions
are considered: controlled and uncontrolled environment.
The controlled environment corresponds to the climate
chamber, where the temperature and the relative
humidity were kept constant at 20⁰C and 65%
respectively. The uncontrolled environment refers to the

2.4 THE LONG TERM BEHAVIOUR
The stiffness and capacity of a post-tensioned timber
frame are highly influenced by the level of the force in
the tendon. If the tendon force decreases so does the
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Figure 8: Tendon force losses with extrapolation

workshop, where the specimens are kept in usual indoor
conditions, allowing for the change of temperature and
humidity.
The force variation in time is described by a power
function and the losses in the post-tensioning force are
predicted over the expected lifespan of the structure
using extrapolation of the test data presented in Figure 8.
The results of this campaign as well as model predictions
suggest that a tendon force loss of 30% should be
accounted for the proposed post-tensioned timber frame
[13], which is more than the expected losses for a
structure built in concrete [14]. Moreover, the data
showed a strong correlation between the tendon force
losses and the relative humidity in the environment. If
the relative humidity alters, the losses will increase due
to the effects of mechano-sorptive creep [15, 16]. In the
constant climate, these effects are eliminated and the
losses can be reduced significantly.
Additional information about the losses in the tendon
force is gathered in the monitoring performed at the ETH
House of Natural Resources [17]. The full-scale
experimental campaign revealed that the actual losses
are over-predicted by the analytical model, which
indicates existence of a size effect. The massive
elements of the real building react slower on the change
of the environmental conditions. The moisture
measurements performed during the same period as
monitoring of the tendon force showed that the moisture
level in the timber elements remained practically
constant. Therefore, the expected effects of mechanosorptive creep are reduced in comparison with the
measurements on the small-scale specimens. It can be
expected that the total losses of the tendon force in real
application will be lower than the losses predicted by the
model based on the measurements on small-scale
specimens.

3 PRACTICAL IMPLEMENTATION
3.1 THE DESIGN PROCESS
To promote the design of the newly developed system,
suitable analytical and numerical models are developed.
The chosen modelling approach describes the structural
response with sufficient accuracy and remaining simple
enough for the use in everyday practice.

Figure 9: Analytical model of the connection based on the
Winkler foundation.

The difference between a post-tensioned and a momentresisting frame is in the connection response. Posttensioning does not provide a rigid connection between
the elements of the frame. Therefore, it is necessary to
include the rotational stiffness of the connection in the
design process. The connection behaviour is
characterized in terms of the moment and the rotation.
It was found that the two main causes of the joint
deformation are the rotation due to the moment in the
beam-column interface and the shear deformation in the
connection area. An analytical model based on the
Winkler theory is suggested to describe the momentrotation relation for the beam-column interface, in the
way depicted in Figure 9. This representation shows
adequate results because there is a large difference in the
stiffness of the beam and the column. The beam is
loaded parallel to the grain, with the governing modulus
of elasticity of 11 GPa. On the other hand, the stresses
on the column act perpendicular to the grain, where the
modulus of elasticity is only 0.86 GPa [18]. As a result,
the column can be represented as deformable bedding for
the beam using a single parameter to describe the
deformation of the column.
The beam dimensions and the column properties define
the moment-rotation curve. The moment-rotation
relation formed with this approach is shown in Figure
10, together with the experimental results used for the
validation of the analytical approach. A separate model
is introduced to estimate the shear deformation in the
column, present in the case of non-symmetric loading of
the connection. This form of loading can occur when the
bays are unevenly loaded, or because of the horizontal
forces acting on the system, such as the wind and the
seismic actions. In this case, the shear rotation is related
to moments acting on the connection.
The numerical representation of a post-tensioned timber
frame can be made in different scale of detail. A model
with two-dimensional finite elements is suitable for
modelling a connection detail with a scientific approach.
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(a)
(a)

(b)
Figure 10: Numerical models: (a): Model with 2D finite
elements; (b): Model with 1D finite elements.

However, a much simpler model with one-dimensional
elements and rotational springs is found to be more
adequate for extensive calculations and practical
implementation, providing similar accuracy in estimating
the main response parameters. The rotational springs
describe the relation of moment and rotation at the
connection, and can be calibrated using the outcome of
experimental analyses, numerical analyses or the
previously presented analytical model. Numerical
modelling of post-tensioned timber frames and
calibration of the rotational springs is presented in more
detail in [19].

(b)

(c)

3.2 THE CONSTRUCTION PROCESS
The introduced Post-tensioned timber frames had their
first practical implementation in the House of Natural
Resources, recently built in the campus site Hönggerberg
of ETH in Zurich. The bidirectional frame represents the
main load carrying system of the building,
accommodating the vertical, as well as the horizontal
loads. A two-storey timber frame rests on the ground
floor built in concrete. The frames span 6.5 m over three
bays, in two orthogonal directions. The beams have a
dimension of 0.72 m  0.28 m. The columns have a cross
section of 0.38  0.38 m. The storey height is 3 m and
the tendons were post-tensioned to an initial tendon force
of 700 kN, corresponding to a stress level of 35% of the
characteristic compression strength perpendicular to the
grain in the ash columns. The applied tendon force
accounts for a 30% loss over the 50-year life span of the
building.

(d)
Figure 11: Construction of the first story of the building: (a):
Positioning the columns; (b): Placing a beam between the
columns on the brackets; (c): Completed positioning of all the
columns; (d): Stressing the tendons that run within the beams.

WCTE 2016 e-book | 133

The construction process was fast; all elements were prefabricated and put in place on the construction site. Only
two men assembled the frame on site using a small
forklift. First, the columns made of ash were positioned
(Figure 11 (a)). The next step was the installation of the
beams, which were placed easily on the small brackets
on the columns (Figure 11 (b)). All the beams and
columns of the first story were placed in their final
position before starting the process of prestressing
(Figure 11(c)). The last step was the installation of the
tendons. These were pulled through a cavity in the
middle of the beams and columns. The frame was posttensioned in two directions with a straight tendon in each
direction. As soon as the tendons were in place, the posttensioning force could be applied (Figure 11(d)).
This competitive system allows time and cost efficient
construction process, with naturally grown and
renewable materials, offering a unique indoor climate
when used both for structural and aesthetical purposes.
The first practical implementation of the post-tensioned
frame technology using hardwood was successfully
completed in the House of Natural Resources.

4 CONCLUSIONS
New developments in timber engineering allow for the
full exploitation of the favourable properties of timber,
thus promoting the sustainable and environment-friendly
construction. The post-tensioned timber frames
developed at ETH Zurich provide an efficient solution
for small to medium-rise office and residential buildings.
The post-tensioned timber frames with hardwood joint
reinforcement were for the first time implemented in the
House of Natural Resources – a two-story office building
that is at the same time a full-scale research laboratory.
The newly developed system shows favourable
behaviour and indicates promising future in industrial
application. Moreover, the technology can be shown to
architects, engineers as well as investors on site. This is
crucial for convincing people to use this technology also
in future buildings.
Post-tensioning provides an efficient solution to establish
a moment-resisting connection between timber elements.
The simplicity of the joint detail makes the system
particularly attractive. The construction of the ETH
House of Natural Resources showed that the frame can
be assembled with little workforce in a short amount of
time. Moreover, prefabrication allows for high-quality
and reduces the work load on site. The process in the
workshop is easy and does not require any special
machinery.
The structural behaviour can be modelled adequately
using the analytical model provided by the authors. The
model can easily be implemented in commercial
software, allowing practicing engineers to design such a
structure.
Although the long-term tendon force losses are larger
than for a similar structure made of concrete, the tendon
force reduction in the real building is lower than
expected. Furthermore, these losses can be accounted by
over-stressing the system. Increased initial stresses are
not critical for neither the timber nor the tendon.

5 OUTLOOK
Current efforts are made in order to implement this
technology into the market. Designing the House of
Natural Resources revealed the sensitive point of the
frame system. The lateral stiffness of the current system
is not adequate for taller buildings. The calculated
displacements due to the wind loads are relatively high
for a building of such dimensions. Therefore, the current
stage of research concentrates on the improvement of
lateral stiffness of the system. The design
recommendations compatible with the existing structural
codes will be proposed, to further promote the
technology.
Several options for improving the stiffness are
suggested. Since the deformation is most extensive at the
first storey of the building, increasing the stiffness of the
column-to-foundation connection can bring substantial
benefits. A different approach lies in choosing different,
less deformable material for the columns. Finally, the
frame system can also be combined with an alternative
structure that can carry the horizontal loads. In this case,
the frames can easily support the vertical loads acting on
the structure.
A solution for a moment-resisting connection with the
foundation is currently investigated at ETH Zurich. The
proposed connection detail is constructed with glued-in
threaded rods. This type of the connection is chosen due
to its high strength and stiffness, as well as the
possibility to provide additional ductility in case of an
earthquake loading. Furthermore, such connection is
found to be aesthetically pleasing.
A series of experimental investigations on column bases
with glued-in rods has recently started. The columns are
subjected to cyclic loading until the failure occurs at the
connection to the base. A tested specimen with residual
deformations is given in Figure 12. The behaviour of the
column-to-foundation connection will be characterized
in terms of the moment-rotation curve and taken into
account in the predictions of the structural response.
A hybrid post-tensioned frame is another solution for
improvement of lateral stiffness which is currently
explored at the institute. In this system, the beams are

Figure 12: Connection with glued-in rods after the failure.
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Figure 13: Test setup for testing series on the post-tensioned
hybrid connection

produced in timber, while concrete replaces timber in the
columns. The suggested solution has multiple structural
benefits. The post-tensioned timber beams can easily
support the gravity loads, while the stronger and stiffer
columns carry the horizontal loads with less
deformation.
Since
the
compressive
stresses
perpendicular to the grain in the column are no longer an
issue, the post-tensioning force can be increased. As a
result, the connection capacity and lateral stiffness of the
frame are also increased. Furthermore, the long-term
losses of post-tensioning force can be reduced, since the
deformation of the column perpendicular to the grain
largely influences the total losses of the tendon force.
The experimental campaign on a hybrid post-tensioned
connection has recently taken place at the ETH (Figure
13). The tests are conducted on the beam-column joint.
The preliminary results confirm the expectations about
the connection response. After a detailed analysis of the
test results, an analytical model that can describe the
connection behaviour will be suggested.
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TIMBER-CONCRETE COMPOSITE SLABS MADE OF BEECH
LAMINATED VENEER LUMBER
Lorenzo Boccadoro1, Simon Zweidler2, Andrea Frangi3
ABSTRACT: This paper focuses on the structural behaviour of timber-concrete composite slabs made of beech
laminated veneer lumber (LVL) plates with notched connection. In general, timber-concrete composite members are
usually made of softwood, and are able to offer several advantages compared to reinforced concrete slabs and timber
slabs. Beech LVL is an efficient structural material, but its use in structural engineering began in recent times. Although
beech LVL plates are very performing and reliable structural elements, they have never been used in timber-concrete
composites and no research exists about this topic. The structural system developed in this research project has high
stiffness, load-carrying capacity, reliability, and is able to achieve ductility at failure level due to yielding of timber
under compression within the notches. Because of the difference between the material properties of timber and
concrete, local timber deformations within the notches may compromise the shear-carrying mechanism in concrete,
leading to premature failure of the composite member. This problem can be solved by installing vertical reinforcements.
To describe the interaction between timber, concrete and reinforcements, an analytical model was developed, which
was validated by means of laboratory tests and allows a reliable design of the structure.
KEYWORDS: Timber-concrete, composite, beech, LVL, notches, plasticity, ductility, yielding, compressive failure.

1 INTRODUCTION 123
The research project presented in this paper treats the
structural behaviour of timber-concrete composite slabs
made of beech laminated veneer lumber (LVL) with
notched connection.
Timber-concrete composite members consist of a timber
member in the tensile zone, a concrete layer in the
compression zone, and a connection between timber and
concrete. The timber member acts as formwork and
tensile reinforcement. These slabs are usually made of
softwood (e.g. glued laminated timber made from
spruce), and several connection systems have been
developed (e.g. screws and notches). Timber-concrete
composite members represent interesting systems
because they are able to offer several structural,
economic and ecological advantages compared to
reinforced concrete slabs and timber slabs.
Beech LVL is an efficient structural material because it
is able to combine the high strength and stiffness of
beech wood with the reliability of the LVL
configuration. Moreover, in Europe, beech wood is
available in large quantities. Despite beech LVL is very
performing; its use in structural engineering began in
recent times. Beech LVL plates were never used in
1
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timber-concrete composites and no research exists about
this topic.
The composite slabs studied in this project can be
installed in office or residential buildings, have a span of
between 5 and 8 m, and were developed at ETH Zurich
in the framework of a project on innovative uses of
beech LVL. The composite member consists of a beech
LVL plate which acts as formwork and tensile member,
and a concrete layer. Notches cut in the timber member
carry the shear force necessary for the composite action
(Figure 1).

Figure 1: Timber-concrete composite member made of a beech
LVL plate with notched connection

In general, a notched timber-concrete connection has a
high stiffness at service level compared to other
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connection systems [1]. In addition, as shown during
previous research works (e.g. [2]), a notch can fail in a
ductile way if a compressive failure of timber is
governing. The properties of LVL based materials help
achieving this purpose. Since the reliability of LVL
materials allows predicting timber failures with higher
certainty, a plastic notch design becomes possible.
A slab should normally achieve several structural,
economic, ecologic and aesthetic requirements. From the
structural point of view, a composite slab should be as
stiff as possible at service level, ductile at ultimate limit
state, and must have sufficient load-carrying capacity.
Furthermore, vibration, sound insulation and fire
resistance requirements should be achieved.
This research work focused on the failure mechanism of
the composite member [3]. The basic concept of the
composite slab developed was to make sure that yielding
of the notches governs the global structural behaviour of
the composite member. To design these structures, a
clear and reliable model was needed. Several structural
aspects of notched connections, such as shear carrying in
concrete, were still unclear, and the benefit of notch
yielding on global slab plasticity was almost unknown.
This project included analytical models to predict the
failures of notched timber-concrete connections, and to
analyse the structural behaviour of timber-concrete
composite members governed by a ductile connection.
The models were able to predict the structural behaviour
of several specimens tested during this work with good
accuracy, and can be used as a basis to design timberconcrete composite members made of LVL with notched
connection.

2 BEHAVIOUR OF TIMBER
In a timber-concrete composite structure with notched
connection, depending on the zone, the timber member
may be subjected to uni-axial or multi-axial stresses
caused by tension, bending, compression or shear. Figure
2 illustrates three failures which can typically occur in a
timber member with notched connection:
• compressive failure in the notch, which is a
complex mechanism made of different states,
and is ductile
• brittle shear-off failure close to the notch
• combined tensile-bending failure, which
typically causes a brittle collapse of the
structure

depend on the orientation as well as on the direction of
loading; furthermore, timber is full of defects. As
discussed by Steurer [5], multi-axial stresses play an
important role especially in the case of a shear-off failure
of a notch. Eccentricities may cause tensile stresses
perpendicular to the shear plane, which facilitate failure.
Several previous research works analysed the failures of
timber-concrete notched connections by means of
experiments and numerical simulations (e.g. [6], [2], [7]
and [8]). It was found that a shear-off failure is brittle,
and depending on the design a compressive failure of
timber can govern the structural behaviour and implies
significant plasticity.

3 BEHAVIOUR OF CONCRETE
In a timber-concrete composite member subjected to
bending, the stress must be transmitted from a concrete
member subjected to compression to a timber member
subjected to tension. Therefore, in addition to
compressive stress, also shear and tensile stresses occur
in concrete. Depending on the geometry and the
connection system, the load-carrying mechanism in
timber-concrete composite structures denotes several
analogies with conventional reinforced concrete
structures (Figure 3). The main difference is that, in
timber-concrete composites with notched connection, the
shear forces necessary for composite action are
transmitted in a punctual way through the notch borders,
whereas, in conventional reinforced concrete members,
the force transmission occurs in a continuous way along
the reinforcing bar. In both systems, concrete cracks
influence the load-carrying mechanism. However, in the
timber-concrete composite member with notched
connection, the position of the cracks is given by the
notch geometry.

Figure 3: Load-carrying mechanism in timber-concrete
composite members with notched connection and in reinforced
concrete members
Figure 2: Typical failure modes of the timber member

To predict these timber failures, failure criteria are
necessary. However, this task is challenging because of
the complexity of timber, and several topics are still
being discussed [4]. The mechanical properties of timber

The upper part of a timber-concrete composite member
subjected to bending is compressed. If the critical
bending moment is achieved, concrete can fail. The
existing literature on this topic is related to the modelling
of conventional reinforced concrete structures. The
behaviour of concrete subjected to compression is
influenced by several factors, and can develop plasticity.
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The mostly used analytical simplifications for the
behaviour of concrete in the compression zone of a
member subjected to bending assume that the
relationship between axial stress and strain is non-linear
[9,10]. According to the Swiss Code SIA 262 [11], when
concrete reaches the compressive strength on the top of
the cross section, the stresses redistribute within the
compression zone, and the strain can increase until εcu ≈
0.003. Thanks to the plastic behaviour of steel,
reinforced concrete cross sections subjected to bending
are able to achieve ductility [12].
The shear transmission in concrete was studied in the
context of the structural analysis of reinforced concrete.
If concrete does not contain vertical shear
reinforcements, after the formation of bending cracks,
shear is carried by several mechanisms, such as
cantilever action. As discussed by Muttoni and Ruiz
[13], critical tensile stresses can cause the propagation of
flexural-shear cracks. In contrast, if concrete is provided
with vertical reinforcements, the load-carrying
mechanism can be modelled with stress fields and truss
models in which the shear reinforcements are
represented by tension struts according to Muttoni et al.
[14] and Marti [15].
In contrast to conventional reinforced concrete
structures, in timber-concrete composite members with
notched connection, the need for vertical reinforcements
and the determination of their position is still being
discussed.
As shown in Figure 3, the position of the flexural-shear
cracks in a composite member with notched connection
is given and corresponds to the notch edges. The fact
that the cracks are localised implies that, in contrast to
conventional reinforced concrete members, the number
of cracks is smaller and they become larger. Thus, the
risk of flexural-shear failures increases. In addition,
since concrete is stiffer than timber and is brittle when
subjected to tension, the interaction between the two
materials may compromise the shear-carrying
mechanism. Timber deformations within the notches, in
particular during the plastic process, may cause
enlargement of the existing flexural-shear cracks in
concrete, leading to a shear failure of the composite
member. This failure mechanism can be prevented by
designing vertical tensile reinforcements placed in the
zones where tension occurs.

of the timber member and on the assumption of a rigidperfectly plastic connection behaviour. Ceccotti [17] put
emphasis to the fact that a ductile connection should not
be over-designed. Otherwise, linear elastic behaviour of
the composite member with brittle failure will be
observed [17].

5 MODEL
5.1 INTRODUCTION
This model describes the structural behaviour of timberconcrete composite members with ductile notched
connection. Notch plasticity can be achieved if a
compressive failure of timber within the notch is
governing. As shown in Figure 4, the model refers to the
ideal situation where the vertical load is uniformly
distributed, the connections carry exclusively horizontal
forces, and yield simultaneously. The use of this model
makes sense only if the timber member is made of a
wood based material having a small variability of the
mechanical properties (e.g. LVL).
The ductile behaviour described in Sections 5.2 and 5.3
can be observed only if all brittle failure modes of the
composite member are prevented. Figure 4 and Table 1
show several failure modes which can occur in a timberconcrete composite system with notched connection
without vertical reinforcements. The only two ductile
failures which can occur are the compressive failure of
timber in the contact area of the notch (2C) and the
compressive failure in the upper part of the concrete
member (1C,c). All other failures are brittle and should
be prevented. The purpose of the model is to design the
composite member so that the compressive failure of
timber (2C) is governing. After that, the compressive
strength of concrete should be achieved on the cross
section top, thus causing a ductile failure of the
compression zone.

4 BEHAVIOUR OF TIMBERCONCRETE COMPOSITES
The most significant difficulty in modelling the
structural behaviour of a timber-concrete composite
cross section is the quantification of the influence of the
connection behaviour. Whereas simplified methods
based on the analytical solution of the differential
equation of the partial composite action were developed
to describe the behaviour in elastic conditions (e.g. method) [6,16], little research exists on the influence of a
plastic connection on the structural behaviour of the
composite cross section. Frangi and Fontana [16]
developed a model for timber-concrete composite
members with ductile connection, based on equilibrium

Figure 4: Overview of the failure modes of a timber-concrete
composite slab with notched connection without vertical
reinforcements
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Table 1: Failure modes of a timber-concrete composite
member without vertical reinforcements

Failure
1C,n
1C,c
1C,u
1S
1F
1V
2BT
2V
2R
2C
2S

Compressive failure of concrete in the
contact area of the notch
Achievement of the compressive strength
of concrete on the cross section top
Achievement of the ultimate compressive
strain of concrete on the cross section top
Horizontal shear failure of concrete
Flexural-shear failure of concrete
Vertical shear failure of concrete in the
compression zone
Combined bending-tensile failure of timber
Shear failure in the cross section of timber
Rolling shear failure of timber in the cross
section
Compressive failure of timber parallel to
the grain in the contact area in the notch
Shear-off failure of timber

First of all, it is very important to design the notch
dimensions so that a shear-off failure of the LVL plate is
not able to occur. Otherwise, it will not be possible to
achieve plastic notch behaviour. This can be made by
choosing a sufficient length of timber before the notch,
for instance with the procedure adopted by Fonrobert
[19]. As shown by Boccadoro [3], the load-carrying
mechanism can induce tensile stresses perpendicular to
the shear surface, which can facilitate failure. These
effects depend on the notch length and should be taken
into account.
Secondly, adequate vertical reinforcements are
indispensable to prevent premature flexural-shear failure
of the composite member and to allow development of
plasticity due to notch yielding. Otherwise, the structural
behaviour would be brittle and difficult to predict. In
such a composite system, flexural-shear failure of
concrete represents a critical issue. Despite cantilever
models (e.g. [20]) allow a theoretic investigation of these
failure mechanisms, prediction of such a failure is very
challenging because such models are based on an
assumed crack configuration. If unexpected factors
which are not considered by the simplified model initiate
crack propagation, the slab fails abruptly. An additional
problem is represented by the enlargement of the
flexural-shear cracks during the plastic process discussed
in Section 3, which may cause premature shear failure. If
the vertical reinforcements are designed to carry the
vertical tension which occurs in concrete, the system is
able to activate a plastic load-carrying mechanism, and
unexpected brittle failures are prevented. To design these
reinforcements, the load-carrying mechanism within the
concrete member can be represented with a truss model
according to Boccadoro [3].
An additional task of the vertical reinforcements is to
prevent gap opening between timber and concrete. This
phenomenon was observed during several tests on
timber-concrete composite members with notched
connection [21]. As soon as the notches began to make

plastic deformations, in addition to crack enlargement,
the gap between timber and concrete tended to open,
thus causing the end of the test.
Boccadoro [3] developed a simplified model to design
reinforcements to solve these structural problems. The
vertical reinforcements should:
• keep timber and concrete vertically together
• carry the vertical tension in concrete which
develops during the load-carrying mechanism
• allow plastic compressive timber deformations
The following section presents an analytical model to
describe the moment-curvature behaviour of a timberconcrete composite cross section with ductile notched
connection. As illustrated in Figure 6, the analytical
model simplifies the structural behaviour of timberconcrete composite members using four states, similar to
the models for reinforced concrete structures [10]. At
first, the entire structure is elastic and concrete does not
contain cracks (state I). Then, when the critical tensile
stress in concrete is achieved, cracks occur, and the
composite member gets into state II. Since, during the
first two states, the composite structure is assumed to be
elastic, the current calculation methods for composite
members described in Section 4 are used (-method).
Yielding of the notches determines the beginning of the
plastic behaviour described by means of states III and
IV. Plasticity is due to notch yielding and plastic
compression behaviour of concrete. The behaviour
during states III and IV is idealised by means of an
analogy to the reinforced concrete theories developed by
Marti [18] and implemented in the Swiss Code SIA 262
[11], combined with the elasto-plastic model of Frangi
and Fontana [16].
The analytical model presented in this section is based
on the following assumptions:
•
•
•
•
•
•
•
•
•

The notch behaviour is elastic-ideal plastic and
can be simplified as shown in Figure 5
According to the Swiss Code SIA 262 [11],
concrete subjected to compression exhibits a
plastic behaviour (Figure 5).
The composite member is simply supported
(Figure 4).
The structure is subjected to a uniformly
distributed vertical load (Figure 4).
Timber and concrete bend together with the
same curvature and the same deflection, and no
gap opening occurs.
The notches carry shear forces in longitudinal
direction (Figure 4).
The distribution of the axial strains over the
cross section is linear (the cross sections of the
two members remain flat).
The governing failure is a ductile notch failure,
and the composite member is designed so that
all other failures do not occur.
The composite member is provided with an
adequate amount of vertical reinforcements to
prevent shear failure of concrete
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•
•
•

The notches are designed proportional to the
shear force generated by a uniformly distributed
vertical load. Thus, they yield simultaneously.
The ultimate deformation capability of the
notch is sufficiently elevated and does not
govern the structural behaviour.
Secondary effects due to notch yielding, which
compromise the structural behaviour of the
composite member, are prevented.

where E2 = modulus of elasticity of timber, A2 = cross
section area of timber, s = distance between the load
introduction points of the notches, l = span, K = shear
stiffness of the notched connection.
The limit of state I is determined by cracking of
concrete. As shown in Figure 7, the stress in the bottom
edge of the concrete member reaches the tensile strength
ft,1.

Figure 7: End of state I

Figure 5: Assumed structural behaviour of the notched
connection and the concrete member in the compression zone

During state II, concrete is cracked and the behaviour of
the members is elastic. This state ends due to yielding of
the notches as shown in Figure 8. When the notches
yield, the axial tensile stress in the centroid of the timber
member in the point of maximal bending moment can be
written as the sum of the notch forces between the
support and the mid-span divided by the timber surface:

 2, y =

T

y , Ni

A2

(3)

where 2,y = tensile stress in the centroid of the timber
member at yielding, Ty,Ni = yielding force of a notch, A2 =
surface of the timber cross section.
The yielding force of a notch Ty,Ni can be usually
estimated by multiplying the contact area of the notch by
the compressive strength of timber:

Ty , Ni ≈ bNi  t Ni  f c , 2

Figure 6: Moment-curvature behaviour of the composite cross
section

5.2 STATES I AND II
In the following calculations, the index 1 is related to
concrete and the index 2 indicates the timber member.
During states I and II, the relationship between axial
strains and axial stresses in timber and concrete is linear
elastic, and the notches behave elastically. To calculate
the cross section values, the -method is used according
to Blass et al. [6]:

1 = 1

2 =

1
π E 2 A2 s
1+
l2K
2

(1)

(2)

(4)

where bNi = width of the notch i, tNi = depth of the notch
i, fc,2 = compressive strength of timber.
The bending moment My which causes notch yielding
can be obtained by multiplying the tensile stress in the
centroid of timber calculated in Eq. (3) by the section
modulus corresponding to the centroid of the timber
member:

My =

T

y , Ni

n2 A2



I II

 2 h1 + h2 2  xII 

(5)

where n2 = E2 / E = ratio between the elasticity modulus
of timber and the reference elasticity modulus, III =
moment of inertia of the composite cross section during
state II, 2 = factor which takes into account the
flexibility of the notched connection calculated
according to Eq. (2), h2 = thickness of the timber
member, h1 = thickness of the concrete member, xII =
depth of the zero strain layer during state II.
The cross section curvature y corresponding to yielding
of the notches can be calculated as follows:

y =

My
EI II

(6)
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Figure 9: End of state III

Figure 8: End of state II

As discussed in Section 5.1, since the purpose of the
design is to achieve a ductile notch failure, the notch
should be able to yield, and all other failures of the
composite member which can occur during states I and
II should be prevented. This means that the bending
moment My must be smaller than the bending moments
which cause the other possible failures, such as:
• combined tensile-bending failure of the timber
member (2BT)
• shear/ rolling shear failure of the timber
member (2V/ 2R)
• compressive failure of concrete on the cross
section top (1C,c)
• shear-off failure of timber close to the notch
(2S)
• shear and flexural-shear failures of concrete
5.3 STATES III AND IV

The transition from state II to state III is due to the fact
that the notches begin to make plastic deformations due
to the compressive failure of timber. Since the notches
yield and are modelled without hardening (Figure 5), the
load which is transmitted between timber and concrete
during states III and IV is constant and corresponds to
the sum of the yielding forces Ty,Ni of the notches
between the support and the point of maximum bending
moment. In this model, connection yielding is idealised
as a plastic increase of the horizontal relative
displacement at the interface, which implies an increase
of the curvature of the two members. As shown in Figure
9, the composite member should be designed so that
state III ends due the achievement of the compressive
strength of concrete on the top of the composite cross
section. Otherwise, if a tensile-bending failure of timber
is achieved, the member will collapse suddenly. The
curvature of the cross section 1C,c which corresponds to
the achievement of the compressive strength of concrete
can be estimated as follows:

1C , c =

2  f m ,0, 2
f c ,1

E1  xIII
h2  E2

⎛  ⎞
 ⎜⎜1  2, y ⎟⎟
f t ,0, 2 ⎠
⎝

(7)

where fc,1 = compressive strength of concrete, E1 =
modulus of elasticity of concrete, xIII = depth of the zero
strain layer during state III, fm,0,2 = bending strength of
timber, ft,0,2 = tensile strength of timber.

During state IV, the connections are still yielding, and
the compression zone of concrete begins to make plastic
deformations and to redistribute the stresses due to
exceeding of the strain fc,1/E1. Thus, the curvature of the
cross section continues to increase until the ultimate
failure is reached. To model the behaviour of the cross
section during this state, the theories of reinforced
concrete were used. However, it must be reminded that
notch yielding and plastic extensions of reinforcing bars
are physically unrelated phenomena.
As shown in Figure 10, the ultimate failure of the
composite cross section should be governed by the
achievement of the ultimate compressive strain of
concrete εcu ≈ 0.003 on the top edge of the concrete cross
section (Mu = M1C,u). This should cause a crushing of
concrete followed by a load decrease and a further
increase of the curvature. Sooner or later, the increase of
the curvature after the concrete failure causes a
combined bending-tensile failure of the timber member
(2BT). So, the plasticity of this composite system is
limited by the rotation capability of timber.

Figure 10: State IV

The cross section curvature corresponding to the
achievement of the maximum strain on the top of the
concrete member u can be calculated as follows:

u =

ε cu
xIV

(8)

where εcu = maximum compressive strain of concrete, xIV
= depth of the zero strain layer during state IV.
To prevent a premature brittle tensile-bending failure,
the compressive concrete failure should be governing
according to the following inequality:

u 

2 f m , 0, 2 1   2, y f t , 0, 2 

h2
E2

(9)

The maximum bending moment Mu achieved by the
composite cross section can be estimated as follows:

0.85 xIV h2 ⎞ h22b2
h
⎛
+ ⎟+
M u =  2, y A2 ⎜ h1 
  u  2  E2 (10)
2
2⎠
6
2
⎝
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The deflections during state III and state IV are more
difficult to estimate than in the other states, because the
length of the zone where plastic deformations of the
cross section occur is unknown and difficult to estimate.
In several research works about plasticity of reinforced
concrete beams subjected to bending, it was observed
that the plastic behaviour of steel and concrete induces
the formation of plastic hinges which have a limited
extension [9,10]. As discussed by Boccadoro [3], the
deflection of a timber-concrete composite member
during states III and IV can be estimated using a similar
procedure.

6 EXPERIMENTAL ANALYSIS
6.1 INTRODUCTION

All experiments of this research project were performed
in the laboratory of the Institute of Structural
Engineering (IBK) at ETH Zurich. At the beginning of
this project, to evaluate feasibility and the structural
potential of timber-concrete composite slabs made of
beech LVL with notched connection, a series of fourpoint bending tests was performed. These experiments
represented the first study on the use of beech wood in
timber-concrete composite slabs, gave significant initial
information, and put in evidence the need for a ductile
and reliable design procedure [22]. Brittle failure modes
governed the structural behaviour of the specimens
tested and unexpected flexural-shear failures of concrete
occurred [22]. Afterwards, a series of shear tests on
notches demonstrated the possibility to make a ductile
design of the notch thanks to the compressive timber
failure [23]. Finally, several bending tests validated the
model for ductile design presented in Section 5. The
most important results of this series are summarized in
Sections 6.2, 6.3 and 6.4. The results for the entire test
series are summarised in a test report [21].
6.2 MATERIALS AND METHODS

In this experimental series, 11 composite specimens with
15-mm-deep notches were tested. As illustrated in Figure
11, the specimens were 6 m long, 530 mm wide and 200
mm deep. Each beech LVL plate was 40 mm with a 160mm-thick concrete layer. The dimensions were chosen
so that a compressive failure in timber should govern the
structural behaviour. As shown in Figure 11, the notches
were cut in a regular distance, and their width was
proportional to the shear force generated by a uniformly
distributed vertical load. Thus, in theory, they should
yield simultaneously. The beech LVL plates were made
of 14 veneers (12 veneers in longitudinal direction and 2
veneers in the cross direction to ensure the dimensional
stability). The mechanical properties of the beech LVL
plates were determined by Van de Kuilen and Knorz
[24] in preparation of the European Technical Approval.
The concrete that was tested had the strength class
C50/60 according to the Swiss Standard SIA 262 [11], a
maximum aggregate diameter of 16 mm, and contained a
liquid admixture to reduce the drying shrinkage and a
steel mesh to prevent shrinkage cracks.

The most relevant parameter studied was the vertical
reinforcement of the composite member. The amount
and the type of reinforcements were varied, and some
specimens had no reinforcements.
The specimens presented in this paper were provided
with vertical reinforcements which were installed to
achieve the theoretic requirements illustrated in Section
5.1. As shown in Figure 11 and Figure 12, the specimens
were reinforced with steel rods (strength class 8.8 and
10.9) placed in long holes. Since the holes were 80 mm
long, high plastic horizontal relative displacements could
develop without causing a shear failure of the rod. The
washers of the rods were placed on lubricated steel
plates to prevent that the rods carried forces in
longitudinal direction of the slab (Figure 12).
Furthermore, 5-mm-thick polystyrene elements were
fixed on the timber plates close to the notches to
minimise hardening effects, and thus to allow a better
comparison with the model, which assumes no
connection hardening according to Figure 5. The rods
were designed to carry about the double of the predicted
ultimate load. Thus, they were able to prevent concrete
crack opening and gap opening during the test with high
safety.

Figure 11: Plan of the specimens with vertical reinforcements

Figure 12: Detail of the vertical reinforcements

Figure 13 illustrates the test setup, which should
reproduce a uniformly distributed vertical load. This
included four hydraulic cylinders, four load distribution
steel profiles (HEB 140) oriented in longitudinal
direction, and eight steel plates screwed to the HEB
profiles, which transmitted the load to the specimen. The
analysis was concentrated on the deflections and the
relative displacements between timber and concrete, and
the measurement setup consisted of LVDTs and
inclinometers. The horizontal relative displacements
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between timber and concrete ui were measured close to
each notch Ni by means of LVDTs.

bending line of the composite member was no longer
parabolic but tended to assume an angular form, which
depended on the position of the concrete failure. The
tensile-bending failure of timber always occurred below
the concrete compressive failure and determined the end
of the test. Totally, three specimens with the same layout
were tested, and they showed the same failure
mechanism and the same maximum load.

Figure 13: Test setup

6.3 TEST RESULTS

Figure 14: Failure mechanism of specimen 8.2

Specimen 8.2: vertical delfection at mid−span

100
80
q [kN/m2]

The specimens without vertical reinforcements or
provided with internal concrete reinforcements reached
the compressive failure of timber thanks to the notch
geometry, but failed due to enlargement of concrete
cracks and gap opening. Thus, plasticity was limited.
Vertical reinforcements designed according to the
analytical models solved these problems. The structural
behaviour of the specimens provided with such
reinforcements (illustrated in Figure 11) was governed
by the compressive failure of timber in the notches.
Figure 14 illustrates the failure process of one specimen
(named 8.2) as an example. The plasticity of the
composite member was induced by yielding of the
notches, and was limited by the development of a
compressive failure of concrete on the top of the cross
section, which induced concrete crushing and a
progressive load decrease, followed by a bending-tensile
failure of timber. During the experiments, it was
observed that all notches made relevant plastic
deformations. Figure 16 and Figure 17 report the values
of the horizontal relative displacement measured close to
each notch. In these diagrams, yielding of timber under
compression is clearly indicated by a change of gradient
in the relationship between vertical load and horizontal
relative displacement. As soon as the curves of the
horizontal relative displacements began to become flat,
the vertical deflections began to increase, causing the
marked non-linearity shown in Figure 15. Since the
hydraulic pump was regulated by hand, it was possible to
perceive the velocity of the failures. The plastic failure
of the composite members tested can be defined a slow
process. From to the compressive failure of timber to the
ultimate failure, a total time of between 20 and 35 min
was needed. The yielding of timber subjected to
compression was particularly slow. Then, as soon as the
concrete member began to crush due to compression, the
velocity of the plastic deformation increased.
During the tests, the crack layout was marked by
bending cracks at mid-span, and flexural-shear cracks in
the zones where shear was transmitted from concrete to
timber. The flexural-shear cracks grew starting from the
notch edges but remained closed and stable thanks to the
rods throughout the duration of the test.
The concrete compressive failure always developed in a
small sector. This failure never occurred at mid-span as
predicted by the analytical model, but in the zones which
were weakened by the holes. Starting from the moment
in which the compressive concrete failure occurred, the
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Figure 15: Relationship between vertical load and deflection
at mid-span
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Specimen 8.2: horizontal relative displacement left
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Specimen 8.2: horizontal relative displacement right
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Figure 16: Relationship between vertical load and horizontal
relative displacement measured between the fix support and the
mid-span
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Figure 17: Relationship between vertical load and horizontal
relative displacement measured between the mid-span and the
sliding support

6.4 DISCUSSION

This test series demonstrated that vertical reinforcements
are indispensable to achieve plasticity, and validated the
analytical model illustrated in Sections 5.2 and 5.3.
Several tests showed that, if the composite structure is
not provided with vertical reinforcements, premature
failure occurs.
Figure 18 illustrates a comparison between the model
forecast and the structural behaviour of the three
specimens designed according to Figure 11. The loads
and the succession of the failures correspond to the
forecast. However, the ultimate deflection is more
difficult to predict because the length, within which
plastic concrete deformations occur is unknown and
must be assumed.

0

cr
0

50

100
150
w [mm]

200

250

Figure 18: Comparison between the structural behaviour of
the specimens showed in Figure 11 and the prediction made by
means of the model under the assumption of a plastic length of
1500 mm

These specimens achieved a very good structural
behaviour with great ductility, because a tensile-bending
failure of timber occurred as late as possible. This
ultimate failure represents the limit of the composite
members studied. In contrast to conventional reinforced
concrete structures, the rotation capability of the timber
member limits the rotation of the cross section in the
plastic zone. Nevertheless, since the system failure was
made of 10 compressive failures of a reliable LVL
material followed by a compressive failure of concrete, a
reliable system was able to develop. Indeed, as shown in
Figure 18, all three specimens (named 7.1, 7.2 and 8.2)
exhibited the same failure mechanism and achieved the
same maximum load.
However, the reinforcements of the specimens which
exhibited plasticity were designed in a special way to
achieve the theoretic requirements as good as possible
(Figure 11). Therefore, they are not yet suitable to be
employed in practice. Indeed, it does not make sense to
construct slabs provided with such reinforcements. The
next step will be to develop an economic and easily
fixable reinforcement, which is able to achieve the
following structural requirements:
• to carry the vertical tension which develops
within the concrete member
• to prevent enlargement of flexural-shear cracks
in concrete
• to carry the tensile force which is necessary to
hold timber and concrete vertically together
• to allow plastic timber deformations in the
notches

7 CONCLUSIONS
This paper presented a ductile and reliable design
approach for timber-concrete composite members made
of LVL with notched connection. The model was
validated with a series of specimens made of beech LVL.
Since the timber member was made of beech wood, the
load-carrying capacity and the stiffness measured were
great thanks to the elevated mechanical properties of this
wood species.
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The use of notches as shear connection has two basic
advantages. On one hand, the stiffness of the notch in
elastic conditions minimises the deformations at service
level. On the other hand, if a compressive failure of
timber is governing, the notch is able to fail in a ductile
way causing plasticity at failure level. Thus, plasticity of
the composite member is generated by timber.
Nevertheless, to ensure the development of plasticity,
end-to-end vertical reinforcements are necessary to
prevent gap opening and to carry vertical tension in
concrete. However, they should carry exclusively
vertical forces. In parallel, the reinforcements should
allow the plastic deformations of timber. Further
research is needed to find a connection system which
achieves the ductility requirements and is possible to use
in practice.
The most important challenge in this work was the
understanding and the modelling of the interaction
between three members having different mechanical
properties: timber, concrete and vertical reinforcements.
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MODAL VIBRATION TESTING OF AN INNOVATIVE TIMBER
STRUCTURE
Claude Leyder1, Andrea Frangi2, Eleni Chatzi3
ABSTRACT: This research paper deals with the evaluation of the dynamic modal vibration tests conducted on an
innovative timber structure, the ETH House of Natural Resources. The building serves as a demonstrator of several
innovative structural systems and technologies relating to timber. The main load-bearing structure comprises a posttensioned timber frame, which was subjected to modal vibration tests, firstly in the laboratory and, subsequently on the
construction site. In this paper, the modal characteristics (eigenfrequencies, damping ratios and mode shapes), obtained
from the laboratory testing campaign are presented. The modal vibration data is evaluated using polynomial and subspace
identification techniques. The obtained results reveal that the structure exhibits pure translational, beam and column
modes, as well as mixed beam-column modes. The bottom connection of the columns delivers significant influence on
the modal characteristics, whereas the level of post-tensioning force yields no substantial influence in the modal
characteristics obtained from low amplitude modal vibration tests.
KEYWORDS: Modal vibration testing and analysis, Hardwood construction, Post-tensioned timber frame

1 INTRODUCTION 123
1.1 MOTIVATION
Following the efforts of the recent decades towards a
sustainable, mixed forestry in Switzerland, hardwood has
emerged as a largely available material. In addition,
hardwood constitutes a material with excellent stiffness
and strength properties, thereby revealing high potential
for implementation in timber construction. The ETH
House of Natural Resources (HoNR) is a pilot building
displaying the adoption of hardwood in a full-scale
building structure (cf. figure 1). The building serves both
the purpose of a regular office building and of a living lab
for the implemented innovative structural systems during
its construction and long-term use phases. The aim is to
demonstrate and validate the implementation of hardwood
in structural elements within a full-scale setting.
1.2 STRUCTURE OF THE ETH HOUSE OF
NATURAL RESOURCES
The HoNR is a four-story building, with a ground area of
19.5m x 19.5m. The two lower stories were realized in
reinforced concrete and masonry. The structure of the two
upper stories comprises a combination of four innovative
structural systems in timber, which are described in detail
in reference [1]. In brief, the main vertical and horizontal
load-carrying structure of the two upper stories is a posttensioned timber frame with a span of 6.5m and columns
in ash wood, as developed by Wanninger [2].

1

Claude Leyder, Swiss Federal Institute of Technology (ETH
Zurich), leyder@ibk.ethz.ch

Figure 1: Picture of the completed HoNR building (Marco
Carocari (ETH Zürich))

The floor above the PT frame of the first story is a
prototype of a beech LVL-concrete composite floor, as
developed by Boccadoro and Frangi [3].
Finally, the roof structure is composed of two different
systems, a hollow-core beech LVL–concrete system, with
a hb_rapid connection provided by the Swiss company
Häring and a bi-axial beech slab in the centre span (6.5m
x 6.5m) [4]. Non-structural walls (gypsum and masonry)
separate the offices, providing an adaptable floor plan.
The staircase was prefabricated in reinforced concrete and
the building envelop is a glass façade. In order to
disconnect the non-structural elements from the
loadbearing system, joints between the walls and the
frame were introduced and the support frame of the façade
is connected to the timber structure via elongated holes.
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Figure 2: Test setup with accelerometers
1.3 OUTLINE
This paper focuses on dynamic impact tests conducted on
the main loadbearing structure of the HoNR, i.e., the posttensioned timber frame. This paper reports a
comprehensive evaluation of the impact tests and figures
as an extension to the preliminary results, presented in [5].
The first section of this paper contains an overview over
the implemented identification methods. Section 3
contains a short recapitulation of the test setup, the
experimental investigations and the developed numerical
model. The results of the modal vibration tests are
presented in section 4. The last section of the paper
contains a discussion and conclusion about the derived
test results.

2 EVALUATION OF MODAL DATA
The modal parameters are inferred from the measured
system output via use of appropriate system identification
methodologies relying on the assumption of a linear, timeinvariant dynamic system, described by the following
differential equation:
Mv̈ (𝑡) + Cv̇ (𝑡) + Kv(𝑡) = F(𝑡)

(1)

where M is the mass matrix, C the damping matrix, and K
the stiffness matrix. All three matrices are of dimension n
x n, where n designates the number of degrees of freedom
(DOFs). v(t) is the vector of displacement responses at
each DOF and F(t) is the vector of input forces (size n x
1). This equation can be rewritten in terms of the modal
coordinate vector ξ(t), by writing the response vector as
u(t) = Φξ(t), where Φ is the mode shape matrix. The
uncoupled system equations then assumes the following
form:
𝜉(𝑡) + 𝐶 ∗ 𝜉(𝑡) + Λ𝜉(𝑡) = Φ𝑇 𝐹(𝑡)

(2)

where Λ is a diagonal matrix with elements ωi2, with ωi
the ith modal frequency and C* is a diagonal matrix (if
classical damping is assumed) with elements 2ζiωi, with ζi
the ith modal damping ratio. The goal of the modal
vibration test it to infer ωi, ζi and Φ from the modal
vibration data. To this end, a model is sought that best
describes the relation between the measured outputs of the
system to the measured input. A basic formulation would
be the transfer function model, which is characterized by
the following equation:

y(t )  G(q)u(t )  H (q)e(t )

(3)

where y(t) is the vector of the system outputs at time t, u(t)
the vector of system inputs at time t and e(t) is a white
noise sequence. G(q) is the transfer function of the system
and H(q) is the transfer function of the disturbance.
Disturbances can either be unmeasured or unknown
inputs or measurement noise.
In what follows, two different modelling approaches will
be pursued, the ARX model and the subspace model
schemes.
2.1 ARX Model
An ARX model is an AutoRegressive model, which
considers eXogenous input. The ARX model
parametrizes G and H as rational functions and the
parameters of the model can be derived via a simple least
squares technique. Further details about ARX models can
be found in [6]. In short, the system response y (e.g.
acceleration measurement) is related to the system input u
(e.g. impact load at time t0) via the following equation
(assuming that there is no delay in the response):
𝐴(𝑞)𝑦(𝑡) = 𝐵(𝑞)𝑢(𝑡) + 𝑒(𝑡)

(4)

, where q is the delay operator, leading to:
𝐴(𝑞) = 1 + 𝑎1 𝑞 −1 + ⋯ + 𝑎𝑛𝑎 𝑞 −𝑛𝑎

(5)

𝐵(𝑞) = 𝑏1 𝑞 −1 + ⋯ + 𝑏𝑛𝑏 𝑞 −𝑛𝑏

(6)

In this equation, na is the number of poles of the system
and nb the number of zeroes plus 1. The transfer function
G(q) is parametrized by B(q)/A(q), and H(q) is
parametrized by 1/A(q).
Herein the “arx” command from the MATLAB System
Identification toolbox will be used to identify the ARX
models.
2.2 Subspace methods
As a second approach, a subspace estimation is
implemented. Subspace methods try to estimate a statespace representation of the system. Several variations of
the subspace identification method can be found in the
literature (cf. references [6]–[9]). In discrete-time, the
state space formulation of a linear system is defined as
follows:
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Figure 3: Positions of the impact hammer application
𝑥(𝑡 + 1) = 𝐴𝑥(𝑡) + 𝐵𝑢(𝑡) + 𝐾𝑒(𝑡)

(7)

𝑦(𝑡) = 𝐶𝑥(𝑡) + 𝐷𝑢(𝑡) + 𝑒(𝑡)

(8)

where x(t) is the state vector:
𝑥(𝑡) = [𝑣(𝑡) | 𝑣̇ (𝑡)]𝑇

(9)

The state vector is of dimension n x 2, where 2 x n is the
model order and e(t) is the disturbance (unknown system
input / measurement noise). A, B, C and D are termed the
system matrices. K is the disturbance model matrix.
Herein the “n4sid” command of the MATLAB System
Identification toolbox will be used to identify the system
matrices. After estimating the system matrices, the modal
characteristics of the system can be derived by solving for
the eigenvalues and eigenvectors of A.
2.3 Model validation
For the validation of the estimated models several
parameters are considered, which will be shortly
discussed next. For all models, the calculations will be
conducted for a certain range of possible model orders.
For each order, the obtained frequencies will be presented
in a frequency stabilization diagram (cf. figure 8). True
structural frequencies appear as stable for a large range of
orders, hence a stabilization diagram may be employed to
visualize the stabilized system frequencies. An optimal
model order is the order where all structural modes are
stable. For the chosen model order, the mode shapes are
plotted and their MAC-Values are compared [10]. The
MAC value between two mode shapes φ1 and φ2 is defined
as follows:

|𝜑1𝑇 𝜑2 |2
𝑀𝐴𝐶 = 𝑇
(𝜑1 𝜑1 )(𝜑2𝑇 𝜑2 )

(20)

The MAC value is used to check for consistency between
consecutive modes, i.e. as an indicator for multiple
identification of the same mode and as an approximate
orthogonality check between all modes (cf. figures 5 and
10).
Furthermore, the raw Akaike Information Criterion (AIC)
(cf. reference [6] for further details) and the Mean Square
Error (MSE) of the identified models will be used for
model comparison.
Another measure of model quality is the FitPercent
measure, which is calculated per measured / identified

channel. The FitPercent value is the normalized root mean
squared error (NRMSE) between the measured data and
the 1-step ahead model prediction value. Its value
indicates how well the response of the model fits the
validation data, expressed as a percentage. The MSE, AIC
and NRMSE are calculated using a validation data set in
order to avoid an over-fitting of the measurement noise by
higher order models.
Herein the one-step ahead prediction error per channel
will be used to assess the model’s ability to reproduce data
from a validation data set. The MSE, AIC and FitPercent
criteria are automatically calculated in the Matlab
estimation report.

3 EXPERIMENTAL INVESTIGATIONS
In order to gain information about the different structural
elements, a series of vibration tests was conducted in the
laboratory and on-site of the HoNR. The current paper
focuses on the evaluation of the dynamic tests conducted
on the 2D frame setup on the strong floor of the ETH
Zürich structural laboratory (cf. figures 2 and 3). The goal
of these tests is to optimize and validate the numerical
model, developed in SAP2000 in terms of the structure’s
modal characteristics (Eigenfrequencies, damping ratios
and mode shapes).
3.1 TEST SETUP
The 2D frame test setup consists of a 3-bay frame, with
glulam columns in ash wood and glulam beams in spruce
wood, with a local reinforcements close to the support in
ash wood. The spans of the frame are 6.5m each and the
columns have a height of 3m. The beam cross-section is
280mm x 720mm and the column cross-section 380mm x
380mm. A post-tension cable was introduced into a hole
at mid-height of the beam, creating a moment-resisting
frame.
Three different post-tension levels were investigated:
400kN, 500kN and 650kN, which corresponds to an axial
compression stress in the beams of 2.0MPa, 2.5MPa and
3.2MPa. Two different bottom support types were
studied, one pinned and one semi-rigid by partly
hindering bottom rotations (cf. Figure 6 in [5]). By
combining these two parameters, six different structural
systems are obtained (cf. table 1).
The frame was equipped with 11 tri-axial MEMs
accelerometers in order to capture the vibration response
(cf. figure 2). The accelerometers were placed on the
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beam-column intersections, at mid-beam positions and at
mid-column height positions and only the in-plane (x &
y) directions were recorded, since the in-plane behaviour
is of main interest. The accelerations were recorded with
a high-speed data acquisition unit with a sampling rate of
2000Hz.
3.2 TESTING PROGRAM
The laboratory frame setup was subjected to two different
system inputs. Firstly, an impulse excitation, achieved by
hitting the structure with an impact hammer, secondly,
imposing a continuous dynamic excitation via a shaker
device (sine sweep excitation). In this paper, the tests with
impulse excitation will be illustrated in detail. For
applying the impact force, an impact hammer equipped
with a load cell was used. The hammer was connected to
the same data acquisition unit as the accelerometers;
hence, the time-synchronised input could be recorded
simultaneously.
In total, seventy impact hammer tests were carried out,
where each test contains a single hit. For each of the six
structural systems the hit was applied at several different
locations and each location was tested twice. The data
from the first test is used as estimation data and the data
from the second as validation data for calculating the
model errors (cf. section 2.3). The hit location and
direction was varied in order to ensure that all
fundamental modes of the structure are excited (locations
P1 & P2: horizontal hits, locations P3-P7 vertical hits, cf.
figure 3). Table 1 contains an overview of the conducted
tests.
Table 1: Overview testing program
Structural
PostSupport
System
tension
condition
force [kN]
1
400
Semi-rigid
2
400
Pinned
3
500
Semi-rigid
4
500
Pinned
5
650
Semi-rigid
6
650
Pinned

#Tests
10
12
12
12
10
14

3.3 NUMERICAL MODEL
In parallel to the experimental testing campaign, a
numerical model of the frame was developed in SAP2000.
Details about this model can be found in reference [11],
where the model was used for a theoretical study about
optimal sensor placement methods.
Essentially, the model is a simple beam model with a
partial release of rotation between the columns and the
beams, in order to represent the functioning of the posttensioned connection (release with rotational stiffness of
25’000kNm/rad) The value of the rotational stiffens was
determined from small scale tests, conducted by
Wanninger [2]. The timber material was modelled as an
isotropic material with material properties taken from the
literature (11’000N/mm2 for spruce (beams) and
15’000N/mm2 for ash (columns) [12]). In terms of
material masses, a density of 6.7kN/m3 was implemented
for ash and a density of 4.3kN/m3 for spruce wood.

The model was used to predict the modal characteristics
of the structure in order to optimally design the modal
testing operation and to generate simulation data for
testing the ARX and subspace identification techniques.
In the following, the first eight mode shapes for a model
with a pinned bottom connection (corresponding to
structural systems 2, 4 and 6) are presented (cf. figure 4).
In addition, the MAC-Value between the eight modes is
presented as matrix, indicating the orthogonality of the
mode shapes (cf. figure 5).
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recorded at a sampling rate of 2000Hz. This raw data was
then truncated to a length of approximately six seconds,
capturing the full decay of the system vibrations.
Furthermore, a filter with a cut-off frequency of 200Hz
was applied before down-sampling the data to 500Hz.
Since every test was conducted twice, the data from the
first test is used as model estimation data and the data
from the second test as model validation data.
4.2 ARX Modelling

Figure 4: First eight mode shapes generated from the
numerical model in SAP2000

As a first estimation approach, ARX polynomials were
fitted to the data using the MATLAB implemented “arx”
command. Several polynomial orders were considered;
where na was varied between two to five times the number
of signals and nb between three to six times the number of
signals. If these models are converted to state-space
representation, models orders of (2 x n) = 42, 63, 84, 105
are obtained. Table 2 reports the obtained mean,
maximum and minimum FitPercent values for the ARX
models obtained for the different channels (models
estimated using the estimation data and errors shown for
the validation data).
Table 2: FitPercent (horizontal Impact at P2 for
structural system 2) for ARX models of different orders
Model order
2n=42 2n=63 2n=84 2n=105
#Signals
21
21
21
21
Mean
77%
76%
88%
90%
Max
93%
91%
97%
97%
Min
60%
49%
71%
73%

Figure 5: MAC Values for the first eight mode shapes
from SAP 2000
The numerically obtained modes, can be divided into
three categories. The first category is a translational mode
(mode 1). The second category is called “beam modes”
(modes 2-4, characterized by mainly beam bending) and
the third category is referred to as “column modes”
(modes 5-8, characterized by mainly column bending).

4 TEST RESULTS
In the following section, first detailed results for a single
test pair (estimation data from the first test and validation
data from the second test – test on structural system #2,
horizontal impact at location P2) will be presented,
followed by a summary of all 12 tests conducted on the
structural system #2. In the final section, results for the six
different structural systems are compared.
4.1 Data processing
From the 11 accelerometers, two-axial (in-plane
horizontal and vertical) accelerations were measured.
Unfortunately, one channel (A11- vertical direction, cf
figure 2) was malfunctioning, so in total only 21 output
channels are considered for the following identification
procedure. The impact hammer is applied at a single
position at a time, so the system is a SIMO (Single Input
– Multiple Output) system. The measurements were

Figure 6: Model assessment criteria for different model
orders (left: MSE, rigth:AIC) for ARX models of different
polynomial orders
Figure 6 shows the evaluation of the Mean-square error
and the Akaike information criterion for different model
orders. Both criteria improve as the model order is
increased, whereas the MSE shows a steeper drop in the
beginning (no significant improvement from order 84 to
105).
4.3 N4SID Modelling
As a second approach, subspace models are identified
using the n4sid MATLAB command. First, models of the
same orders as the ARX models are estimated and the
FitPercent values are presented in table 3. The fit obtained
from the n4sid method is below the fit for the ARX
method. Especially for three of the 21 channels the fit is
very low. Most probably, these channels exhibit a poor
signal to noise ratio, since they are positioned in a location
and direction, which is not well excited by the impact
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tests. This issue does not occur for the ARX models, since
the ARX model fits every channel independently. If these
three channels are removed from the data set, the overall
fit of the N4SID can be significantly improved. However,
since the main interest here is the full identification of the
mode shapes, the signals are retained in the analysis.
Table 3: FitPercent (horizontal Impact at P2 for
structural system 2) for N4SID models of different orders
Model order 2n=42 2n=63 2n=84 2n=105
#Signals
21
21
21
21
Mean
62%
68%
68%
72%
Max
86%
90%
90%
88%
Min
4%
13%
21%
30%

which only stabilize at higher model orders are most
probably better identified via a different test setup (e.g. a
vertical hit instead of a horizontal hit). The idea is that by
considering the complete set of 10 to 14 tests all modes
can be identified with reasonably low model orders. The
reason for this is that high order models exhibit much
higher computational cost. A “stable frequency” is
defined as a frequency that varies by no more than 0.3Hz
between different model orders. For example, for the
system shown in figure 8, the following seven frequencies
were identified: 8.5Hz, 40Hz, 69Hz, 91Hz, 93Hz, 125Hz,
and 140Hz. In the following, all tests from the structural
system #2 will be combined in order to obtain its full set
of frequencies and mode shapes.
4.4 Combined results for structural system #2

Figure 7: Model assessment criteria for different model
orders (left: MSE, rigth:AIC) – N4SID Models
Figure 7 shows the evaluation of the MSE and the AIC
criteria. Both criteria show a similar drop with increasing
model order. Overall, the values are larger than for the
ARX model, indicating a lower quality of the subspace
model. This is again due to the three channel with poor
signal to noise ratio.
In a second step, a stabilization diagram is generated for a
more detailed range of possible model orders (from 2 x n
=10 to 40 in steps of two). Figure 8 reveals the
stabilization plot obtained for the estimation data of the
horizontal impact at P2 for the structural system #2.

Figure 8: Stabilization plot for the horizontal impact at
P2 for the structural system #2 (red lines indicate the
identified frequencies for a model order of 24)
The model order is chosen such that at least 3 to 4
frequencies are stable, where the focus was put especially
on the lower frequencies. It is assumed that, frequencies,

For structural system #2, in total 12 tests were conducted.
Table 4 presents an overview over the identified
frequencies, divided into four categories of mode shapes.
The column location indicates the position of the impact
hammer hit (according to figure 3) and the direction of the
hit (v: vertical, h: horizontal). The chosen model order (2
x n) varies between 28 and 44. The number of identified
frequencies may differ from the number of DOFs (n),
since unstable frequencies are discarded. The four mode
shape categories are: 1) the main translational mode, 2)
pure beam modes, 3) pure column modes and 4) beamcolumn mixed modes, where columns and beams exhibit
significant bending behaviour. The mode shapes obtained
from the numerical model (cf. figure 4) exhibit only pure
translation, beam or column modes (no mixed modes).
From table 4, it may be concluded that certain frequencies
consistently appear for several tests, whereas some only
appear for a specific location and direction of the impact
hammer hit (test pair). Furthermore, there are certain
frequencies that appear only for a single test, which are
most likely not real structural modes and are thus
discarded. In order to merge the above frequencies into
one final set of frequencies the MAC-value, as defined in
section 2.3, is used for identifying identic mode shapes.
After merging the modes yielding a MAC-Value higher
than 0.8 (nearly identic shape), sixteen mode shapes are
obtained for the structural system #2 (cf. figure 9).
Table 4: Classification of stabilized frequencies
ID
Type 2n
Frequencies [Hz]
Trans Beam
Column
lation modes
modes
al
mode
x
106
11
P1-h
32 8.6
137
40.3
81.1
12
P1-h
44 8.5
63.2
107
13

P2-h

32

8.5

40.0
92.7

96.6

Mixed

91.1
56.8
70.2
90.9
139
69.8
90.8
125.5
140.2
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14

P2-h

28

8.5

40.0
92.6

96.5
99.8
104.5

15

P7-v

30

x

92.4

120.7

16

P7-v

28

x

17

P6-v

34

x

35.9
92.5
36.2
92.6

97.4
120.7
x

18

P6-v

30

x

36.4
92.7

102.9

19

P3-v

34

x

103.4

20

P3-v

30

x

21

P4-v

32

x

22

P4-v

32

x

37.2
39.7
41.8
92.1
37.2
39.7
41.8
76.5
92.1
37.5
39.1
41.6
77.2
37.3
39.7
41.6
77.1

69.6
90.9
107.1
125.5
140.4
97.2
139.9
139.9
56.5
90.6
96.3
102.8
138.6
140.6
68.5
90.3
140.7
56.2
139.1

103.6
106.2
136.4

56.2
70.2
124.9

x

56.2
64.4
68.9

92.4

56.1
56.4
125.3
140.3
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Table 5: Comparison of mode shapes from the numerical
model and the identification with N4SID
Description
SAP2000
N4SID
ID
f [Hz]
ID
f[Hz]
Translational 1
8.2
1
8.5
Beam1
2
42.3
2
37.2
Beam2
3
43.5
3
39.7
Beam3
4
44.7
4
42.6
Column1
5
89.9
12
106.2
Column 2
6
101.7
11
104.5
Column 3
7
105.2
9
96.6
Column 4
8
110.4
10
99.8

Figure 9: Identified mode shapes for the structural
system #2, using the N4SID method (f: fundamental
frequency, z: damping ratio)

Figure 10: MAC-Values of the sixteen identified mode
shapes for the structural system #2, using the N4SID
method

Mode 1 is a translational mode, which was accordingly
predicted by the numerical model in SAP2000. Modes 24 correspond to the beam modes 2-4 predicted by the
numerical model as well, although the shapes are not
somewhat deviating. For the first four modes, a slight
difference in frequency between the model and the tests
can be observed.
The numerical model does not predict modes 5 to 8; these
are all, except for mode seven, combined beam and
column modes. In terms of shape, mode 7 is almost
identical to mode 4 of the numerical model, whereas the
frequency results considerably higher. Modes 9 to 12
correspond to the column modes obtained from the
numerical model (modes 5-8). However, the order is
reversed (cf. table 5).
Modes 13 to 16 are higher frequency modes. These were
not included in the numerical model predictions, since
these modes exhibit second order bending of the beams,
which cannot be captured well by the implemented sensor
setup.
The damping of the structure varies between 0.7% and
3.2% and has a mean value of 1.2%.
Table 5 shows a comparison of the pure translational,
beam and column modes between the numerical model in
SAP2000 and the N4SID model.

Figure 10 shows the MAC Values for the 16 final modes.
The figure indicates that the obtained mode shapes are
mostly orthogonal.
4.5 Comparison between the six structural systems
Table 6 shows an overview of the results for the six
different structural systems. The table shows the
frequency range for the three main mode shape types
(translational, pure beam mode and pure column mode).
Table 6: Overview of the frequency ranges for the six
structural systems
Structural
Translation Beam
Column
System
al mode, modes,
modes,
Frequency Frequenc Frequency
in [Hz]
y range in range in [Hz]
[Hz]
1
9.6
40.4-44.2 79.7-121.5
(semi-rigid,
400kN)
2
8.5
37.2-42.6 96.6-106.2
(pinned,
400kN)
3
9.6
38.9-44.8 89.5-124.8
(semi-rigid,
500kN)
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4
(pinned,
500kN)
5
(semi-rigid,
650kN)
6
(pinned,
500kN)

8.6

36.7-41.1

96.0-113.0

9.5

38.2-43.1

87.9-128.9

8.6

37.3-40.7

80.3-105.6

The frequency ranges indicate a clear difference between
the pinned and semi-rigid bottom column connection. The
three systems with the semi-rigid connection have a
higher frequency for the first mode and a slightly higher
range for the beam modes. For the column modes, the
range is larger; with one mode lower than for the pinned
connection and one higher.
The level of post-tension force does not render a
significant influence on the fundamental frequencies of
the system. From the static pushover tests on the same
frame, referenced in [2] (e.g. figure (5.18)), a small
influence of the post-tension force was noted. However,
this influence is most likely too low to be captured by the
low-amplitude modal vibration tests.

5 DISCUSSION AND CONLUSION
An innovative timber structure is subjected to forced
modal vibration tests. The modal characteristics of the
system are derived from impact hammer tests via a
subspace identification technique. The obtained mode
shapes are in good agreement with the mode shapes
predicted by the numerical model. In addition to pure
translational, beam and column modes, mixed modes are
identified via the identification procedure.
Six different structural systems are compared. The bottom
support condition exerts significant influence on the
fundamental frequency and on the frequency range of the
column bending modes. A comparison of the frequency
ranges additionally reveals that the level of posttensioning force has no meaningful influence on the
modal characteristics of the structure.
In follow-up work, model-updating procedures will be
implement to refine the parameters of the numerical
model. The tracking of inherent properties, such as modal
parameters will as well be used for predictions of the
structural behaviour of the HoNR building and for further
optimization of this newly developed construction
technology.
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AN ALMOST TRANSPARENT INORGANIC COATING FOR PROTECTION
OF WOODEN FACADES AGAINST WEATHERING
Huizhang Guo1,2, Benjamin Michen1,2, Ingo Burgert1,2
ABSTRACT: The low ultraviolet (UV) light stability of wood in combination with rain and fungal attack limits its
reliability and wider utilization in outdoor applications. The protection of wood surfaces without affecting its aesthetical
appearance requires an optically transparent but UV protective and water repellent coating that is strongly attached to
the rough and inhomogeneous natural substrate. For this purpose, we developed a water-based surface modification that
enables the controlled growth of strongly bound ZnO crystals on the wood surface in a chemical bath deposition. The
highly crystalline ZnO films on the wood surface were first prepared and characterized in depth at the lab-scale before
the process was scaled up and implemented on a façade of the House of Natural Resources at ETH Zürich.
KEYWORDS: surface coating, ZnO, UV protection, weathering, upscaling

1 INTRODUCTION 123
Wood is an excellent and widely used sustainable
material, but it is prone to undesired surface alterations.
UV irradiation results in colour changes and, mainly in
combination with water exposure, in severe surface
degradation. The underlying principles of the UV
degradation of wood are well understood and are, to a
large extend, based on the decomposition of lignin
combined with its erosion from the surface by water [13]. As an example, the absorption spectrum of lignin
from Norway spruce displays a maximum absorption at
280 nm with a tail extending to approximately 350 nm
[4]. UV light from the solar spectrum induces lignin
degradation via photo-oxidation [5]. Lignin is
fragmented into low molecular weight species, such as,
water soluble polyphenols that are washed away by
water [6]. This exposes the remaining cell wall
components and leads to further degradation of the
surface by facilitating fungal attack. All of these threats
not only affect the aesthetic appearance of wooden
facades, but also lead to a perception of a rather low
reliability of wood. Therefore, technology that protects
wood from weathering as well as retains the natural
aesthetic appearance is highly requested [7-9].
There has been a widespread interest in blocking the
photo-degradation of wood without affecting its natural
appearance. According to former research, UV
protection of a material may be achieved through
1
Wood Materials Science, IfB, ETH Zürich, StefanoFranscini-Platz 3, 8093 Zürich, Switzerland. Email:
iburgert@ethz.ch
2
Applied Wood Materials, Empa-Swiss Federal Laboratories
for Materials Science and Technology, Überlandstrasse 129,
8600 Dübendorf, Switzerland.

chemical modification of the wood polymer [8], surface
treatment with additives (organic and inorganic UV
absorbers, radical scavengers) [10, 11], and finishing
(varnishes and opaque coating) [12]. For instance, acetic
anhydride and a 2-step hydrothermal treatment were
used to modify Norway spruce samples, which retarded
the UV-degradation of lignin [4]. Methacryloxysilanes
and epoxysilane were used to suppress free radical
generation under UV exposure [13]. However, the main
drawback of such treatments is related to leaching of the
added molecules and particles over time, lowering the
protection efficiency, and requiring regular application
of new layers. Furthermore, limited reliability, toxicity,
and renewability of the chemical modifiers have often
limited their large-scale application and market
acceptance.
Nowadays, an increasing attention is devoted to
wood surface modification with inorganic components
[14, 15]. A few studies report wood surface coating
based on inorganic nanoparticles acting as UV absorbers.
These nanoparticles are semiconductor materials, which
absorb UV light via electron transition between
conduction band and valence band, but are transparent to
visible light [16, 17]. For example, nano-ZnO
dispersions were impregnated into southern pine for UV
protection [18]. TiO2 nanoparticles achieved by a sol-gel
process were deposited onto wood surface via dipcoating and subsequent annealing to block UV
irradiation [19]. CeO2 based nano-composite were
applied onto wood surfaces for a long-term resistance
against weathering [20]. However, the weak adhesion of
the applied nanoparticles limits their long-term
performance in photo-stabilizing wood. In-situ coating
of wood substrates with inorganic layers via a liquid
phase route is a facile and promising method for UV
protection: Yu et al. grew ZnO nanorods on wood
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surface via a two-step process: In the first step, the
surface was seeded followed by the second step, in
which nanorods were grown from the wood surface [21].
Sun et al. also coated the wood surface with a ZnO
nanorod array via one-pot hydrothermal reaction to
improve the UV resistance of wood. However, ZnO
nanorod coatings may not provide a sufficient stability in
outdoor applications and they show a strong scattering of
visible light, which can diminish the aesthetic
appearance of the wood surface.

except that the ammonium citrate additive was replace
by 0.008g of aluminium nitrate nonahydrate (SigmaAldrich, Germany). This time, the deposition was carried
out at 90 oC for 30 min.
2.4 Upscaling of ZnO coating

2 EXPERIMENTAL DETAILS

Wood boards were taken from Norway spruce (Picea
abies) with dimensions of 150×15×650mm3 (R×T×L)
and seeded following the same producer described in
2.2. The growth solution was slightly modified
compared to the procedure reported for the lab-scale
modification. Here, the growth solution was prepared by
adding
80g
Zn(NO3)·6H2O
and
35g
hexamethylenetetramine (HMTA) into a stainless steel
container before pouring deionized water into it to reach
a total volume of 6L. After pre-heating the growth
solution to 45°C, two seeded spruce boards were
immersed into the growth solution. Chemical bath
deposition was carried out at 85°C for 120 minutes.
Finally, the wood samples were washed with water and
dried in an oven at a temperature of 60°C for 2 hours.
The growth step was repeated once to obtain the final
product.

2.1 Wood specimen preparation

2.5 UV exposure and weathering test

Here, we report on wood surface coatings with ZnO
via a chemical bath deposition. The morphology of the
highly crystalline ZnO coating was controlled by using
surface capping agents to create either nanorods or a
dense ZnO layer. We compare the two morphologies in
terms of their UV protective effect as well as their
performance in accelerated weathering tests at the lab
scale. In a next step, we transfer the surface modification
to larger wood boards, which were installed on the
façade of the House of Natural Resources at ETH Zürich.

Norway spruce (Picea abies) slices [radial (R) ×
tangential (T) × longitudinal (L) dimensions:
5×25×40mm3] were ultrasonically cleaned in a mixed
solution of ethanol and acetone (15:1 in volume ratio)
for 15 min. After drying at 65 oC for 12 h, the samples
were stored in a climate room at 20 oC and 65 % relative
humidity.
2.2 Surface seeding
An aqueous solution of 5 M NH3 (28% in water, Alfa
Aesar, Karlsruhe, Germany) and 50 mM ZnO (p.a. grade,
Sigma-Aldrich, the Netherlands) was used as seeding
solution. The wood slices were dipped into the seeding
solution for 3 min at room temperature followed by heat
treatment in the oven at 110 oC for 2 min. The procedure
was repeated three times to ensure a highly covered
surface.
2.3 Surface coating
Precursor solution was prepared by dissolving 8.139g of
ZnO powder (p.a. grade, Sigma Aldrich, Belgium),
8.004g of NH4NO3 (p.a. grade, Sigma-Aldrich, the
Netherland) and 132 mL of NH4OH (28% of NH3 in
water) into a plastic bottle in which deionized water was
filled until the total volume reach 2L. The mixed
solution was stirred for 12 h and stored at room
temperature before usage. The dense ZnO coating was
prepared as follows: 200 mL of the precursor solution
was filtered into a glass flask and 0.17g of ammonium
citrate (3.5 mM, p.a. grade, Alfa Aesar, Karsruhe,
Germany) were added. After pre-heating the solution to
90 oC for 15 min, two pieces of the seeded spruce slices
were immersed for 150 min into the bath were the
growth of the ZnO structure took place. After that, the
wood specimens were washed with water and dried in an
oven at 65 oC. For the shape selective synthesis of ZnO
nanorod coating, the same precursor solution was used,

UV protection efficiency was assessed in a UV curing
chamber (UVACUBE 400, Honle Group, Gräfelfing,
Germany). The lamp generates sunlight simulation
spectrum with an electrical input of 400 W. Artificial
weathering test was carried out in the QUV Accelerated
Weathering Tester (Q-LAB, Miami, USA), with UVA340 lamps, water spraying devices, and a heating unit.
2.6 Colour measurement
Colour change of wood samples was monitored by the
Chroma Meter CR-200 (Minolta, Miami, Japan) and
evaluated in the CIE L*a*b* system. L* represents the
lightness from black (0) to white (100), while a* and b*
are the chromaticity indices, where +a* is the red, -a* is
the green, +b* is the yellow, -b* is the blue direction.
The total color change is defined as:
Δ𝐸 = √𝛥𝐿2 + 𝛥𝑎2 + 𝛥𝑏 2
2.7 Characterisation
FT-IR spectra were acquired on Bruker Tensor 27
(Bruker, Ettlingen, Germany) equipped with an ATR
module. Surface topographies were analyzed by a
scanning electron microscopy (SEM, FEI Quanta 200F).
Cross section was prepared in a broad ion beam milling
system (Hitachi BIB 4000). The powder X-ray
diffraction (XRD) patterns of the coating on wood
surface were acquired with Cu-Ka radiation on a
PANalytical Rmpyrean diffractometer.
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3 RESULTS AND DISCUSSION
The seeding process was studied by FT-IR (Figure 1).
Zinc ammine complexes formed by dissolving ZnO
powder into ammonia solution [22]. The FT-IR
spectroscopy of spruce displays an absorption at 1730
cm-1 which is owing to the C=O stretch of nonconjugated ketones, carbonyls and ester groups present
in wood [5]. The zinc ammine complexes will coordinate
with the C=O group [23]. As a result, C=O stretch blue
shifts from the region between 1700 cm-1 and 1800 cm-1
in the FT-IR spectra of spruce wood treated with seed
solution either before (blue line —) or after (red line —)
heat treatment.

Figure 2a and results in c-axis oriented ZnO thin films,
which exhibit densely packed hexagonal pillars with
diameters of approximately 800 nm (Figure 2b). From
the corresponding cross section images it can be seen
that the coating is conformal with a thickness of ~3 μm.

Figure 1: Fourier transform infrared (FT-IR) spectroscopy of
spruce wood (black line —), spruce wood treated with seed
solution before (blue line —) and after (red line —) heat
treatment. Inset: zoom of the non-conjugated C=O and
δs(HNH) absorption region (Ref. [2], modified).

The coordination effect between the complexes and
functional groups in wood, including the probable
reaction between zinc ammine complexes and hydroxyl
groups on cellulose [24, 25] plays a vital role to obtain a
strong adhesion between wood surface and ZnO coating
[24]. The presence of zinc ammine complexes on the
wood surface can be further confirmed by FT-IR
spectroscopy, in which an absorption at 1633 cm-1 owing
to δas(HNH) from zinc ammine complexes is observed
(blue line —). Heat treatment was applied to promote the
decomposition of zinc ammine complexes and the
formation of ZnO. The absorption peak of δas(HNH)
dispersed, while an absorption peaking at 439 cm-1,
owing to the vibration of Zn-O, turn up (red line —). It
indicates that a seeding layer of ZnO, which is vital to
ensure the nucleation layer in the growth process [26,
27], was formed on the wood surface.
ZnO coatings consisting of nanorods or a dense film
could be selectively grown on the seeded wood surface
via a chemical bath deposition as shown in Figure 2.
Citrate binds preferentially to the polar zinc-rich 1001
facets of hexagonal ZnO [28] resulting in ZnO crystals
growing along the direction perpendicular to 1001 zone
axis. This corresponds to the A-type growth depicted in

Figure 2: (a) Schematic illustration of morphology control of
zinc oxide crystals growth by use of capping agents in a
chemical bath deposition. In A-type growth, citrate ions act as
1001 face capping agent to suppress the axial growth; while,
in B-type growth, aluminum complexes will bind to the radical
surface 10 1 0 to promote the c-axial growth. Scanning
electron microscopy images of resulting dense ZnO coating (b)
and ZnO nanorods arrays in (c) (Ref. [2] modified).
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On the other hand, according to the viewpoint
presented by Joo et al. [29, 30], 10 1 0 sidewalls of ZnO
crystals are positively charged in alkaline solution at
pH=11, while aluminum salt is tending at the same
chemical condition. Therefore, replacing the ammonia
citrate by aluminum nitrate suppresses the sidewall
growth by the negatively charged aluminum complexes
and releases top face suppression [31, 32]. This
corresponds to the B-type growth shown in Figure 2a,
which resulted in a different coating morphology, i.e. a
high coverage consisting of ZnO nanorods (~1.4 μm in
length and ~200nm in diameter) as shown in Figure 2c.





The crystalline structure of the ZnO coatings was
characterized by XRD (Figure 3). Both coatings show
ZnO diffraction peaks (JCPDS 36-1451) indicating a
highly crystalline wurtzite structure. The density of the
ZnO coatings could be estimated by XRD as well: The
crystalline region of cellulose in spruce wood contributes
to a couple of strong diffraction peaks at 16.4 o and 22.4o.
As can be seen from Figure 3, both the diffraction peaks
belonging to crystalline cellulose and hexagonal ZnO
could be observed from the sample coated with ZnO
nanorods. In contrast, the dense ZnO coating shows
almost no sign of cellulose diffraction peaks. This
indicates that the nanorod coating is not as compact as
the dense coating because the X-rays can pass through
the coating and probe the wood surface. Later we will
show that a highly crystalline and compact ZnO coating
is of crucial relevance for the stability against weathering.

Figure 4: Lightness factor (L) of unmodified spruce wood (),
ZnO nanorod coated spruce wood () and dense ZnO coated
spruce wood () (Ref. [2] modified).

Figure 5: Redness factor (a) of unmodified spruce wood (),
ZnO nanorod coated spruce wood () and dense ZnO coated
spruce wood () (Ref. [2] modified).

Figure 3: XRD patterns of Norway spruce with a dense ZnO
coating (a), with a ZnO nanorod coating (b) and the reference
powder diffraction pattern of ZnO (JCPDS 36-1451) (Ref. [2]
modified).
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and further experienced a slow increment to 12.3. A
similar trend was observed for the sample with ZnO
nanorod coating. The unmodified wood sample exhibits
a total color change of ~11 after 102 h of UV exposure.
In comparison, the total color change of the modified
wood samples were significantly lower with ΔE < 3
(Figure 7).

Figure 6: Yellowness factor (a) of unmodified spruce wood (),
ZnO nanorod coated spruce wood () and dense ZnO coated
spruce wood () (Ref. [2] modified).

Figure 7: Total color change ΔE of unmodified spruce wood
(), ZnO nanorod coated spruce wood () and dense ZnO
coated spruce wood () (Ref. [2] modified).

The UV protection efficiency of the modified wood
surface was assessed by colour measurement after UV
exposure up to 100 hours (Figure 4 to 7). The
unmodified wood sample lost lightness (L*) from 77.9 to
69.5, while the samples with ZnO coating experienced a
minute increment (Figure 4). The redness index (a*) of
the unmodified sample underwent a decrease in the first
6 h and then increased up to 8.0 (Figure 5). For ZnO
nanorod coating, a* increased from 0.3 to 1.1 while the
dense ZnO film showed a decrease from 0.34 to -0.54,
after which it remained constant. Figure 6 demonstrates
that the non-modified spruce has an apparent yellow
shift with an increment in the value of b* from 25.8 to
32.9. However, for the sample with dense ZnO coating,
b* slightly decreased from 14.8 to 11.36 in the first 18 h,

Figure 8a displays the appearance of the unmodified,
the dense ZnO and the ZnO nanorod coated wood
samples without treatment (top row, A) and samples
prepared in this fashion subjected to 4 weeks of
accelerated weathering tests following the European
standard: EN 927-6:2006 to simulate wood surface
degradation under outdoor conditions (bottom row, B).
The appearance of unmodified as well as ZnO nanorod
coated samples showed pronounced changes in color and
formation of cracks while the dense ZnO coating
appeared relatively unaffected. The cracking is caused
by dimensional changes during the wet-dry cycles in the
weathering test (strong water spraying of 8 L min-1
followed by a steep rise in temperature to 60 oC in about
10 min). The sample with a dense ZnO film coating
shows only a slight surface haze and almost no colour
change. Moreover, the dense ZnO coated sample
provides a protective barrier for water penetration and,
therefore, suppresses the immediate dimensional changes
and crack formation during the weathering test. Color
measurements of artificially weathered wood samples
are shown in Figure 8b and compared with specimens,
which have not been subjected to a weathering test. The
total color change E is about 3 for the wood modified
with a dense ZnO coating and thus, the lowest change
compared to the ZnO nanorod coating and the
unmodified wood that show E of 16.1 and 20.4,
respectively. While the ZnO nanorod and dense coating
provide a comparable protection against UV light only
(Figure 4 to 7), the performance in artificial weathering
tests shows remarkable differences. The ZnO nanorod
coating is not stable against water spraying combined
with heat treatment, which results in leaching out of the
coating. This limits the outdoor application of the ZnO
nanorod coating on wood materials.
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Figure 8: (a) visualization of the effect of 4 weeks accelerated
weathering test on unmodified spruce wood, dense ZnO film
coated and ZnO nanorod coated spruce wood samples with
and without weathering test. Note: A is the series of samples
without weathering test, B is the series of samples with four
cycles of weathering test. A and B are not the sample samples,
but prepared in the same procedure for the purpose of
comparison. (b) progression of lightness (L*), redness (a*),
yellowness (b*) and total color changes (ΔE) of samples with
(B) and without(A) weathering test (Ref. [2] modified).

Based on the promising results obtained with the
dense ZnO coating, we further developed a technology
for large-scale wooden façade modification. Spruce slats
with a dimension of 650 x 150 x 15mm3 were coated
with a ZnO layer via a modified chemical batch
deposition process to test the upscaling feasibility. The
modified samples were installed on the façade of ETH
House of Natural Resources for real outdoor tests
(Figure 9). The unmodified spruce samples were also
installed for comparison. The photo was taken 6.5
months after the installation and demonstrates that the
unmodified samples not only experienced a severe color
change, but also a strong mold attack at the bottom.
Conversely, the samples with a dense ZnO coating
(slightly modified compared to the procedure reported
for the lab-scale modification) were more whitish due to
the treatment but could keep the appearance.
Prospectively, a series of spruce slats with ultrathin
TiO2 coating were also installed. The TiO2 coated spruce
slats show improved durability against outdoor
weathering as well. This technology is still under
development in our group, and the details will be
published soon.

Figure 9: Façade installed on the House of Natural Resources
at ETH Zürich. The photo was taken 6.5 months after the
installation in June 2015. On the left hand side, unmodified
spruce boards are shown which show the typical color changes
attributed to outdoor exposure as well as dark areas typically
seen after attack of fungi (bottom). On the right hand side, two
different surface coatings are presented: TiO2, a modification
to be published elsewhere (installed in August 2015), and ZnO
coated spruce

4 CONCLUSIONS
We use chemical bath deposition to coat wood surfaces
with ZnO layers for the purpose of UV and weathering
protection. The coordination effect, between the zinc
ammine complexes and the chemical functional groups
of wood, results in the strong binding of the seeding
layer onto the wood substrate. The complete liquid based
seeding and deposition process enabled us to coat the
uneven and inhomogeneous wood surface with a
conformal protective ZnO film. The morphology of ZnO
coatings are tunable from rough nanorod arrays to
continuous and dense films by means of different shape
directing agents. While nanorods and dense layers
perform almost equally when exposed to UV light
exclusively, the harsher weathering treatment reveals
that the dense coating is more tightly bound to the wood
surface and therefore more durable. In addition, we
showed that such a facile chemical modification can be
scaled up with comparable performance as obtained at
the lab-scale.
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WOODEN BILAYERS FOR INNOVATIVE CLIMATE ADAPTIVE
SHADING AND TRACKING SYSTEMS
Chiara Vailati1,2, Ingo Burgert1,2, Markus Rüggeberg1,2
ABSTRACT: The development of Climate Adaptive Building Shells have led to considerable energy savings in
cooling, heating and ventilating buildings. The current systems rely on motorized actuators, extrinsic sensors and
electronic control, which results in rather complex and costly systems. Here, we evaluate the potential of using
wooden bilayers for an autonomously controlled, simple and sustainable CABS system. Wooden bilayers
reversibly bend in response to changes of relative humidity and provide intrinsic sensory and motor functions.
We have analysed the curvatures of wooden bilayers and show possibilities of maximising the amplitude of
curvature by optimizing annual ring orientation and geometry. Together with ongoing studies on lowering the
response time and upscaling the size of the bilayers, these studies are the basis for the developing of
demonstrators for so-called living labs such as the House of Natural Resources at ETH Zürich, Switzerland. As a
first demonstrator on lab-scale, we show a solar tracking system for solar modules.

KEYWORDS: climate adaptive building shells, living labs, bilayer principle, wood, smart material, self-control

1 INTRODUCTION 123
Climate adaptive buildings shells (CABS) aim to
mediate between the requirements of the indoor climate
of buildings and the immediate, changing outdoor
climate. This is in contrast to a generation of an indoor
climate independent of the outdoor climate with the
building shell representing a barrier. As defined by
Loonen et al. [1], CABS are based on a system with the
“…ability to repeatedly and reversibly change its
functions, features and behavior over time in response to
changing performance requirements and variable
boundary conditions…”. CABS have proven to result in
significant energy savings for heating, cooling and
ventilation of buildings. However, the responsiveness of
CABS is commonly based on extrinsic control by
sensors and electronic control units (processors), and
motorized actuators [2], which results in rather complex
systems and high costs. The sensors mainly respond to
temperature changes and sun exposure (thermal and
optical stimuli).
In contrast to such actively controlled, motorized
systems, a number of autonomous, passive systems have
been developed for cooling and ventilation [3], partly
based on the use of smart materials [4], which store heat
or change opacity.
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Here, we propose a novel, autonomous CABS system,
which involves wooden bilayer elements as an integrated
unit of sensor and motor.
Wood plays an important role as a sustainable and
renewable material for architectural and engineering
applications. It autonomously responds to humidity
changes with reversible anisotropic dimensional changes
due to the uptake and loss of water [5]. By combining
two layers with perpendicular fiber orientation, the
dimensional changes are transformed into reversible
bending movements of the wooden bilayer [6]. Such a
bilayer incorporates both sensor and motor and is
ultimately controlled and powered by the sun. Due to the
diurnal pattern of relative humidity and solar radiation,
such a system could be used for indoor and outdoor
applications, which gain benefits from regulating climate
conditions in response to changes of these stimuli, such
as autonomous ventilation or shading systems. We aim
at developing demonstrators of such systems in so called
living labs, such as the House of Natural Resources at
ETH Zürich, which has become operational in 2015.
For practical utilization, the actuation characteristics
such as amplitude and speed of curvature changes of
such wooden bilayers need to be predictable and the
amplitude and response time of the curvature changes
need to be appropriate to the specific application. As the
exchange of water and, thus the movement is limited by
diffusion, the deformation is limited in amplitude and
speed, which stresses the importance of using optimum
configurations to maximise curvature changes and
minimize response time.
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In the present study, we will demonstrate an
optimization of the amplitude of curvature by adapting
annual ring orientation, positioning of the spruce layer
(on the inner or outer side of the active beech layer), and
thickness ratio of the beech and spruce layer. We take
beech wood as active layer due to its very high specific
swelling coefficient and spruce wood as resistive layer.
Experimentally determined curvatures will be compared
with calculations using Timoshenko’s theory. We further
demonstrate the applicability of wooden bilayers as a
motor in a first demonstrator of an autonomous solar
driven solar tracking system based on the diurnal pattern
of relative humidity.

corresponds to the tangential orientation, and at an angle
in the range of 54-60°, which corresponds to a semiradial configuration, were cut. The spruce layer was then
glued to either of the two sides of the beech layer. The
resulting four configurations are shown in Figure 2. For
each configuration, 24 bilayers were manufactured. The
spruce layer was always cut with radial orientation (90°)
of the annual rings. The beech layer had a thickness of
4mm whereas the spruce layer had a thickness of 0.8mm.

2 Material and methods
2.1 Wooden bilayers
Bi-layered strips were manufactured from boards of
spruce and beech wood as shown in Figure 1. The strips
had a length of 120mm and a width of 20mm. The beech
layer was cut with a thickness of 4mm and with the fibre
orientation perpendicular to the long axis. The thickness
of the spruce layer was varied in the range of 0.2mm to
4mm with the fibre orientation parallel to the long axis
of the strips. This results in curvature along the long axis
of the strips in response to changes in wood moisture
content due to the swelling and shrinking of the beech
layer. Thus, the beech layer is called active layer and the
length of the long axis represents the interaction length.
The spruce layer resists the longitudinal swelling and
shrinking and is thus termed passive or resistive layers.

Figure 2: Schematic illustration and images of the bilayer
configurations for testing the influence of annual ring
orientation and positioning of the spruce layer. Top: tangential
orientation of the annual rings in the beech layer, bottom:
Semi-radial configuration. Schemes: left: spruce layer towards
the pith side, right: spruce layer towards the bark side.

The influence of thickness ratio of the spruce and the
beech layers was tested by manufacturing bilayers with a
beech layer of 4mm and with spruce layers of 0.2, 0.8, 1,
2, 3, and 4mm thickness, respectively. For each
thickness of the spruce layer, three bilayer were
manufactured. The annual ring orientation of the beech
layer varied between 20-25°.

Figure 1: Bilayer configuration, definition of interaction
length and width

2.2 Configurations of bilayers
Three parameters were analysed regarding their
influence on the amplitude of curvature: orientation of
the annual rings in the beech layer, positioning of the
spruce layer, and thickness ratio of spruce and beech
layer.
For testing the influence of the orientation of the beech
layer and the positioning of the spruce layer, beech strips
with the annual ring orientation at an angle of 0°, which

2.3
Gluing of bilayers
The wood was acclimatized in 85% climate chamber for
almost one month and to reach the equilibrium moisture
content. Bilayers were manufactured by gluing together
a beech and a spruce strip with polyurethane glue HBS709 (Purbond, Switzerland) using a press and following
the manufacturers advice regarding amount of glue and
applied pressure. The strips were wrapped in a plastic
bag to minimize moisture loss during gluing. The strips
and bilayers were weighed immediately before and after
gluing and curing to determine the weight of the added
glue.
2.4
Actuation following step-wise change of
relative humidity
The bilayers were transferred from 85% relative
humidity to 35% relative humidity while keeping the
temperature at 20°C. The weight was recorded at 0, 2, 4,
6, 8, and 24 hours after the transfer to evaluate the wood
moisture content. Images of the bilayers were taken at
the same time for determining curvature.
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2.5

Curvature

Green marker dots were applied on one narrow side of
each bilayer, which were then tracked by ImageJ to
obtain the coordinates and the curvature by fitting a
circle to the coordinates using a least-square optimizing
function. The curvature was taken as the inverse radius
of the circle.
2.6

the rotation axis. This tee-totter setup prevents
mechanical loading of the bi-layered motors, which
would induce creep. The bilayers had a length of 200mm
and a width of 20mm. The connection of the bilayers to
the platform allows for sliding of the bilayers during
rotation. The rotation was monitored for changes of
relative humidity between 85% and 35%, keeping the
temperature constant at 20°C.

Moisture content change

The wood moisture content of the samples was
determined by oven drying reference beech and spruce
strips at 103°C for 24h. Afterwards the samples were
stored at room temperature in vacuum in small glass
dishes by using molecular sieves for 20 minutes. Once
taken out from the vacuum the samples were
immediately weighed. The wood moisture content was
then determined using Equation (1) with u=wood
moisture content, mu=weight of the sample at the wood
moisture content u and mdr=dry weight.
u

mu  mdr
100% (1)
mdr

Figure 3: Tee-totter setup for a solar-tracking system with two
bilayers as motor. The bending of the bilayers leads to a
rotation of the platform, adapted after [6].

2.7
Calculating of curvature by Timoshenko’s
theory.
Curvatures were calculated by adapting Timoshenko’s
theory of bimetal thermostats. The differential expansion
coefficients α1 and α2 as well as the values for stiffness in
longitudinal and tangential direction E1 and E2 were
taken from literature [8, 9]. For the tangential
configuration a stiffness ratio of 20 (longitudinal/
tangential) was taken, and the tangential differential
shrinkage coefficient of the beech was set to be
0.0041/%. For the semi-radial configuration, the stiffness
ratio was assumed to be 10, and the differential
shrinkage coefficient was set to 0.0027/%. The latter
value was calculated by linearly interpolating between
the values of 0.002/% for radial direction and 0.0041/%
for the tangential direction. For the annual ring
orientation of 20-25°, the swelling coefficient was
measured to be 0.0033/% [6]. The longitudinal
differential swelling coefficient of the spruce layer was
set to 0.0001/%. With h1 and h2 being the thickness of
the spruce and the beech layer, the curvature of the
wooden bilayers was then calculated by Equation (2),
which was developed by Timoshenko [7].
1
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3 Results
3.1 Orientation of the beech layer and positioning of
the spruce layer
By transferring the wooden bilayers from 85% to 35%
relative humidity, the moisture content of the bilayers
decreased from an average of 17.2% to an average of
8.2% (Figure 4) within 24h, which represents an average
loss of 52%. Hereby, differences in moisture content
between the four configurations stayed within 1% at the
different times after transfer.

 2  1  c  c0  ,
h

(2)

2.8 Demonstrator for a solar tracking system
A first demonstrator of an autonomous solar tracking
system for solar modules was built and tested in a
programmable climate chamber. The system was built as
a tee-totter with two bilayers driving the rotation of a
platform, which is connected to the central load carrying
column (Figure 3). The centre of mass is positioned at

Figure 4: Wood Moisture Content of the bilayers after transfer
from 85% relative humidity to 35%. The colour code
corresponds to that of Figure 2.
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With decreasing moisture content, all bi-layered strips
became increasingly curved (Figure 5). The strips with
tangentially cut beech layers reached a curvature of
0.0109mm-1 and of 0.0106mm-1 after 24h, whereas the
bilayers with the beech layer cut in a semi-radial
configuration reached an average curvature of 0.0057
mm-1 and of 0.0053mm-1. Thus, very minor differences
in curvature were observed for the two different
configurations regarding the positioning of the spruce
layer, whereas the curvature of the bilayers with
tangentially cut beech layer were almost twice as high as
those with semi-radially cut beech layers. One set of the
bilayers with semi-radially cut beech layer showed a
much higher standard deviation than the other three sets,
which may be explained by the fact, that annual ring
orientation was less uniform than in the other samples.
Figure 6: Comparison between the experimentally derived
curvatures for the four sets of bilayers (dots) and the
calculated curvatures according to Timoshenko (dashed and
solid line). The colour code corresponds to that of Figure 2.

3.2 Thickness ratio of beech and spruce layer

Figure 5: Change of curvature after transfer of the four sets of
bilayers from 85% to 35% relative humidity. The colour code
corresponds to that of Figure 2.

Curvature values were also calculated using the theory of
Timoshenko. Figure 6 shows the experimentally derived
curvatures in comparison to the calculated values as a
function of change in wood moisture content. Assuming
a ratio in elastic modulus of 10 (semi-radial
configuration) and 20 (tangential configuration) for the
two layers and differential swelling coefficients of
0.0027/% and 0.0041/% respectively, a good match is
obtained for the tangential configuration, whereas the
experimentally derived curvatures for the semi-radial
configurations are lower than the calculated ones.

The average wood moisture content decreased from 18%
to 9-10% within 24 hours after transfer. Bilayers with a
thickness of the spruce layer of 0.2mm, 0.8mm and
1.0mm showed the highest curvature of 0.0087mm-1,
twenty-four hours after transfer from 85% to 35%
relative humidity. For thicker spruce layers, curvature
was negatively correlated with the thickness of the
spruce layer with reaching a curvature of 0.0015mm-1 for
a thickness ratio of 1.
Assuming a stiffness ratio of 20 and with a differential
swelling coefficient of 0.0032/%, curvatures were
calculated using the theory of Timoshenko. Figure 7
shows the comparison between experimentally
determined and calculated curvatures normalized to the
thickness of the bilayers. Following Timoshenko’s
theory, there exists an optimum thickness ratio for a
given stiffness ratio with the curvature decreasing by a
factor of 2 for very small ratios and for a ratio of 1. At
this optimum value, the mechanics in terms of stiffness
ratio is of minor influence only. A good match is
obtained for small thickness ratios. For thickness ratios
of 0.5 and higher, the experimentally determined
curvature gives a good match for an assumed stiffness
ratio of 30 rather than one of 20.
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Figure 7: Thickness normalized curvature as function of
thickness ratio h1/h2: Comparison between the experimentally
derived (dots) and calculated curvatures according to
Timoshenko. (lines). The lines correspond to stiffness ratios of
10, 20 and 30 (dotted, solid, dashed), adapted from [6].

The difference in curvature between bilayers with
different thickness ratio is also visualized in Figure 8
showing the deformation upon humidity changes of one
bilayer for each configuration.

Figure 8: Comparison of curvature for bilayers with different
thickness of the spruce layer (beech layer 4mm) 24h after
transferring from 85% relative humidity (equilibrium flat state)
to 35% relative humidity. From top to bottom: Bilayers with 4,
3, 2, 1, 0.8, 0.2mm thick spruce layers; modified after [6]).

3.3 Solar tracking system
The rotation of the platform due to bending of the
bilayers in response to changes of relative humidity from
35% to 85% is shown in Figure 9. A rotation of the
platform of 50° was achieved within three hours.

Figure 9: Solar tracking system with tee-totter setup; the
bending of the two bilayers leads to rotation of the platform
when relative humidity is changed. The overlay shows three
configurations at 0, 1 and 3 hours after a change of relative
humidity from 35% to 85% (modified after [6]).

4 DISCUSSION
The use of wooden bilayers as sensors and motors offers
the possibility to introduce novel CABS systems. Rather
than being precisely extrinsically controlled, such
systems would be autonomously controlled and driven
by the sun through the change of relative humidity.
However, as the exchange of water and, thus, the
movement is diffusion driven, the shape change (change
in curvature) is limited in amplitude and speed. Here, we
have shown three possible ways to optimize the
amplitude of curvature by adapting the geometry of the
bilayer strips. Curvature changes can be optimized by
employing the direction of the highest swelling
coefficient, which is the tangential direction. The
experiments show, that the curvature is almost twice as
high as that of the semi-radial direction, corresponding
to the difference in the differential swelling coefficient.
However, the difference in swelling coefficient between
semi-radially and tangentially cut beech wood can be
assumed to be 1.5, which is reflected in the calculations
of curvature using the theory of Timoshenko. Yet, the
experimentally derived curvatures of the semi-radial
configuration is lower by than the calculated one. It is
possible, that the actual swelling coefficient is lower and
closer to a radial configuration for the actual orientation
of annual rings.
Next to orientation of annual rings, we analysed the
influence of the location of the spruce layer on the
amplitude of curvature. Side boards warp in response to
changes of relative humidity due to the difference in
radial and tangential shrinkage. Thus, a positioning of
the spruce layer on the inside (oriented towards the pith)
of the sideboards would potentially support the outward
warping in response to drying, whereas for the other
configuration, the deformation of the single layer would
counteract the bending of the bilayer. Interestingly, no
difference in curvature has become visible in the present
experiment. The bending forces induced by the bilayer
might be much higher than those induced by the single
layer during warping. It is aimed to verify this
assumption.
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The thickness ratio of the active and the resistive layer
has a pronounced influence on curvature with the
optimum being a function of the stiffness ratio of the two
layers [6]. For the optimum thickness ratio a good match
was obtained for the calculations with Timoshenko’s
theory. The experimentally determined curvatures for
higher and lower thickness ratios give a closer match
with a stiffness ratio of 30 rather than of 20. A ratio of
20 can be derived from literature [8, 9], however this
does not reflect natural variability which may lead to
higher ratios. Thus, in many cases, the rather simple
theory of bimetal thermostats may predict the curvature
of wooden bilayers, which is necessary for any
application of these wooden actuation devices.
The solar tracking system provides a first demonstration
of using wooden actuation devices in a practical
application. The system is strikingly simple and cheap
compared to rather complicated and costly motorized
and electronically controlled systems. It is yet to
elucidate how precise this system will work in the light
of the variability of the diurnal change of relative
humidity. There are potentially interesting practical
applications in the field of CABS, which show full
functionality with a certain lack of precision. For the
solar tracking device, the tolerance of such a system in
terms of the mentioned variabilities has to be evaluated
regarding energy gain compared to a fixed system and an
electronically controlled system. The trade-off between
simplicity, sustainability, and necessary precision has to
be specifically optimized for different applications.

5 CONCLUSIONS
We could show the effect of orientation of the annual
rings on the amplitude of curvature as the amplitude is a
function of the differential swelling coefficients of wood
in the anatomical directions. We further show, that the
swelling behaviour of the single layer itself does not
influence the bending behaviour of the bilayer, as
presumably, forces for the bilayers are much higher than
those of the single layer. By optimizing the thickness
ratio according to Timoshenko’s theory, the amplitude of
curvature can be maximised. Thus, there are in summary
two ways to control and optimize the amplitude of
curvature for a wooden bilayer by adapting geometry
and orientation. Next to this, the curvature of the bilayer
is inversely proportional to the overall thickness of the
bilayer.
Next to amplitude, an appropriate response time is
crucial for an application in climate adaptive building
shells. Adapting the thickness of the active beech layer
will both influence amplitude and response time, with
higher amplitudes and lower response time for thinner
layers, which is especially beneficial for cyclic changes.
Yet, there is a limitation in lowering the layer thickness
due to stability reasons. Further enhancing the rate of
curvature change by amplitude and response time is now
in the focus of an ongoing project, next to up-scaling the
size of the wooden bilayers for developing
demonstrators for living labs.
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CONNECTIONS WITH THREADED RODS IN MOMENT RESISTING
FRAMES
Kjell Arne Malo1 , Haris Stamatopoulos 2
ABSTRACT: Building owners often state requirements that new buildings shall have open and flexible architecture in
order to allow flexible use and future changes. A way to improve timber buildings in that direction is to increase the
stiffness of the connections between horizontal and vertical members of the structural systems. This paper presents
some numerical and analytical considerations with respect to the stiffness requirements for moment resisting timber
connections. It also presents experimental tests and results for a moment resisting connection with inclined threaded
rods installed in predrilled holes.
KEYWORDS: Connection, Moment resisting frames, Threaded rods, Rotational stiffness

1 INTRODUCTION

123

The introduction of Cross Laminated Timber (CLT)
panels has contributed significantly to realization of
multi-storey timber buildings, such as the ‘Stadthaus’ in
London, the ‘Forte’ in Sydney and recently student
apartments in Ås and Trondheim, Norway. In these
buildings the CLT panels are used as both load bearing
systems and horizontal stabilizers. However, since the
wall elements are part of the vertical load bearing
structure and the practical span-width for horizontal CLT
decks are quite limited, extensive use of CLT in
buildings may lead to box-type structures. It is also
difficult to make changes in CLT buildings since the
walls are part of the load-bearing system.
An alternative structural system was introduced in
‘TREET’ [1], a 14-storey timber residential building
located in Bergen, Norway. The structural system of
‘TREET’ consists of four levels of prefabricated
modules stacked on top of each other. The stacks are
founded on ‘power-stories’, which are strengthened
horizontal glulam trusses connected to series of vertical
glulam trusses. Horizontal stabilization is provided by
diagonals in the glulam trusses.
Building owners often require that new buildings shall
have open and flexible architecture in order to allow
flexible use and future changes. This requires building
systems without closely spaced load-carrying columns or
walls, and both external and internal walls should
accommodate large openings. A way to improve timber
buildings in that direction is to have more rotational
stiffness in the connections between the horizontal and
vertical members of the structural system.
1

Kjell Arne M alo, NTNU Norwegian University of
Technology, kjell.malo@ntnu.no
2
Haris Stamatopoulos, NTNU Norwegian University of
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This paper presents some numerical and analytical
considerations with respect to the rotational stiffness
requirements for the fulfilment of certain serviceability
criteria in moment resisting timber frames. It also
describes moment resisting connections consisting of
axially loaded threaded rods. The pilot tests of these
connections are explained and discussed together with
the achieved results.

2 STRUCTURAL SYSTEM
The structural system considered herein is basically
plane moment resisting frames. Increased rotational
stiffness of connections between beams and columns
will enhance lateral building stiffness, increase span
length and improve comfort properties of floors, but it
can have a negative effect on sound insulation.
Furthermore, fire safety, which also depends on the
structural systems, needs to be considered to maintain
structural integrity. Industrialized structural systems
should allow easy installation at the building site and
provide tolerances that can handle changes in
geometrical dimensions due to fluctuating moisture
content caused by climatic conditions.
2.1 MOMENT RESISTING FRAMES
Typically either shear type connections (laterally loaded
fasteners) or axially loaded fasteners are candidates for
plane frames having similar thickness of the horizontal
and vertical components.
For the shear type fasteners, the use of slotted-in steel
plates in combinations with laterally loaded dowels is a
convenient choice. A possible drawback of laterally
loaded fasteners may be the low initial stiffness caused
by gaps between fastener and the surrounding wood.
When subjected to cyclic loading such joints are prone to
the ‘pinching effect’, i.e. stiffness degradation and
thinning of hysteresis loops during subsequent cycles.
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Finally, these fasteners induce tensile stresses
perpendicular to grain when exposed to moment action,
and reinforcement in the form of self-tapping screws or
glued-on plates may be necessary in order to obtain the
required mechanical behaviour.

uniformly distributed line loads on the columns and the
beams confer Figure 1(a) and (c). All actions were
represented by their characteristic values.

2.2 LATERAL STIFFNESS REQUIREMENTS
Wood is a relatively flexible material. For medium-rise
timber buildings with long spans and without shear walls
or x-bracing the fulfilment of the serviceability
requirements may govern the design. In the case of
moment-resisting
timber frames
the horizontal
displacements depend on the rotational stiffness of the
connections. In this Section, the influence of the
rotational stiffness on the horizontal deformation of a
timber frame subjected to wind loading is studied by
means of Finite Element (FE) simulations. Abaqus
software [2] was used for these simulations.
The case study is a two-dimensional 10-storey momentresisting timber frame with three bays; confer Figure
1(a). The bay lengths are 8 m, 3 m and 8 m, respectively
and the height of each story is 3.0 m, resulting in a total
height H= 30 m. The columns are continuous. The frame
is assumed to be part of a building with frames spaced at
2.4 m. All members have a double 140x450 mm2 crosssection of strength class GL30c, confer Figure 1(b). The
behaviour of the material was modelled as linear-elastic
and the mean elasticity and shear moduli were used for
the analysis; E0.mean = 13000 MPa and Gmean = 650 MPa,
respectively for GL30c [3]. Shear deformations and
geometric non-linearities were taken into account in the
model.
The connections of the beams to the columns and the
columns to the foundation were assumed to be semi-rigid
with respect to the rotational degree of freedom (abbr.
DOF). A linear-elastic rotational spring element with
spring constant k θ was used to take into account the
rotational stiffness of the connections, as shown in
Figure 1(c) and (d). A series of static FE simulations
were performed with varying values for k θ. The use of
translational spring elements with reasonable spring
constants resulted in a very small difference compared to
the analysis where rigid connections with respect to the
translational DOFs were used. Therefore all connections
were assumed rigid with respect to the translational
DOFs.
Three actions were considered in the present study; dead
load, live load (for office areas) and the wind action. The
dead and the live load on the floors were G= 1.0 kN/m2
and Q= 3.0 kN/m2 , respectively. The wind load was
calculated according to EN 1991-1-4 [4] for a basic wind
velocity vb = 26 m/s and terrain category IV (urban
environment). The calculation procedure of EN 1991-14 [4] resulted in greater wind load in the upper height of
the frame. Conservatively, the maximum wind pressure
has been applied along the whole height of the frame.
The wind action also results in vertical loads with
varying magnitude on the roof; however the vertical
wind loads were omitted in the present study, because
their influence on horizontal displacements is negligible.
All loads were calculated for the spacing distance
between frames (i.e. 2.4 m) and applied on the frame as

Figure 1: Case study of a 2D moment-resisting timber
frame: (a) geometry, (b) cross-section of members (cut
A-A’), (c) beam-to-column connection detail and (d)
column-to-foundation connection detail
The horizontal displacements were quantified for the
characteristic serviceability limit state (abbr. SLS)
combination according to EN1990 [5] with wind being
the leading variable action, i.e. G + ψ0.Q ·Q + W. The
combination factor for office areas is ψ0.Q = 0.7. The
characteristic SLS load combination is the less frequent
among the three SLS load combinations given by EN
1990. The calculated wind action has a 2% annual
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probability of exceedance which is equivalent to a mean
return period of 50 years [4]. The characteristic SLS
combination represents an irreversible state where
deformation results in damage of non-structural elements
[5]. No limits for the maximum horizontal displacement
are provided by the present version of EN 1995 [6].
These limits should be defined for each individual
project (Norwegian national annex of [5]). A limit value
of H/300 for the characteristic SLS load combination is
assumed to be reasonable in this case study.
Figure 2 summarizes the results of the FE simulations.
The maximum horizontal displacement along the wind
direction on the top floor (denoted δH ) is presented as
function of the rotational stiffness of the connections.
For the studied timber frame the minimum rotational
stiffness in order to satisfy the requirement δH ≤ H/300,
is about 10000-11000 kNm/rad. This requirement may
be relaxed in buildings where moment-resisting frames
are combined with walls or some sort of bracing which
may exist in the lift- or staircase constructions. On the
other hand, this requirement becomes stricter for
buildings which are not built in urban environment due
to greater wind loads.

between CLT wall elements. Consequently, the floor
slab is clamped at the supports due to the compressive
forces in the wall elements. Furthermore, support
systems for beams based on glued-in rods, self-tapping
screws or threaded rods as well as a large variety of
purpose-made steel brackets make it possible to impose
some end stiffness to floor beams. Herein some
estimates of the possible effects from end restraints on
the vibrational performance of floor beams are made.
There is no unified accepted criterion for vibrational
performance of timber floors. It depends strongly on
human perception and acceptance, which in turn are
quite different among people and surely culturally and
socially dependent.
In Europe the current timber code EN 1995 [6], follows
mainly the guidelines worked out by Ohlsson [8]. These
criteria are:

w
a
F

⎛ mm ⎞
⎜
⎟
⎝ kN ⎠

and

⎛ m ⎞
⎜
⎟
⎝ N s ⎠

v  b ( f  1)

Figure 2: Maximum horizontal displacement δH
(determined by FE simulations) as function of the
rotational stiffness k θ of the connections
2.3 EFFECT OF JOINT STIFFNESS ON
VERTICAL VIBRATIONS
2.3.1 Acceptance criteria for floor vibrations
To improve the performance of timber floors it may be
advantageous to increase the size of the timber sections
more than necessary for required strength. It is not
straightforward to evaluate the total gain in performance
due to structural changes involving changes both in
stiffness and mass, see [7].
In recent years, structural systems which activate some
boundary restraints to rotations have been developed.
This includes frames and multiple spanning beams,
which both have support conditions giving some
rotational stiffness, and floor slabs made of crosslaminated timber (CLT) where the slab is, mounted in-

(1)

(2)

where w is the maximum deflection due to a vertical
point load F = 1 kN and a is a given limit for the
deflection. The symbol v denotes a unit impulse velocity
response and an approximate expression is given in EN
1995 [6], for simple floor layouts. The corresponding
requirement for the unit impulse velocity response is
dependent on the fundamental frequency f and the modal
damping ratio ζ, see Equation (2). The parameter b in
Equation (2) is dependent on the deflection limit a and is
given by a graph in EN 1995 [6]. Except for the
requirement that the fundamental frequency should be
larger than 8 Hz (less should lead to a special
investigation), it is left to each country to set the level of
performance acceptance, i.e. parameters a and b.
Based on research conducted in North-America on field
floors, Hu and Chui [9] published a criterion based
solely on static deflection w (due to 1 kN force) and
fundamental frequency f. This criterion reads:

⎛ f ⎞
w⎜
⎟
⎝ 18.7 ⎠

2.27

(mm)

(3)

This criterion is not dimensionally independent and it
was developed for floors having fundamental
frequencies in the range between 7 and 30 Hz [10].
Moreover, the criterion does not recognize damping as a
performance parameter and might be limited to floor
layouts used in Canada [9]. Based on the recommended
formulas for evaluation of static deflection and
fundamental frequency given in [9], it is also assumed
that the criterion is calibrated for simply supported
floors.
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2.3.2 Floors with ideal rotational restraints at the
supports
The support conditions affect both vibrational
frequencies and static deflection of floors. In
experimental test setups much effort is often put into the
support conditions in order to minimize the uncertainty
of the support conditions. Usually one ends up with
choosing simply supported floors. However, if the floor
behaves like a plate or carry loads to the supports in both
of the floor plane directions then an uplift of the corners
might be observed. This and other boundary effects
make deviation between ideal conditions both in test
setups and in the field and they will also cause some
deviation between our analytical/numerical models, and
the reality. The uncertainty in the boundary conditions
necessitates often some special attention and
modification in the modelling [11].
Instead of seeing the restraints at the boundary as
problematic, we will here rather see it as a potential for
improvement of vibrational performance of floors. For
simplicity, we will explore this potential by considering
a simple beam together with the Canadian criterion given
by Equation (3). For many of the timber based floors, the
transverse stiffness is so small compared to the
lengthwise stiffness that it may be neglected, which we
do here. For convenience, we reformulate the criterion
to:

⎛ f ⎞
⎜
⎟
⎝ 18.7 ⎠
w

2.27

1

(4)

For a simply supported beam, the characteristic
properties read:

w=

f =

Fl 3
48 EI


=
2π

π2

22.27
EI

2π
ml 4

(6b)

By substituting the quantities from Equations (5) by
those in Equations (6) into Equation (4), we get that the
ratio become more than 25 and we are certainly on the
acceptance side of the curve. However, this also
indicates that we can make acceptable floors with longer
spans or less material if we take advantage of the end
restraints. Simple calculations lead us to the conclusion
that a fully clamped beam will be acceptable with 54%
longer span than a simply supported beam or,
alternatively, with a bending stiffness reduction to only
22% compared to the simply supported beam with
similar length of the span.
2.3.3 Supports with finite rotational stiffness
A fully clamped condition cannot be achieved in
practice. Therefore, in this simple evaluation we will use
a beam with a rotational spring at each end, see sketch
on Figure 3. Although we use the term beam, it may
represent all floor structures which can be approximately
treated by one-dimensional models. It is assumed that
the rotational springs do not represent a vibrational
system themselves, e.g. a continuous beam on three
equally spaced supports does not lead to any significant
rotational restraint with respect to vibrations from one
bay to another.
The moment actions in the rotational springs become
M 1 = k .11 and M 2 = k .2 2 . The rotational end
stiffness is related to the bending stiffness of the beam,
such that K i = k .i l EI where k .i is the rotational
stiffness of the end restraint.

(5a)

EI
ml 4

(5b)

2π

EI is the bending stiffness, l is the span length and m is
the distributed mass per unit beam. We then make the
following virtual experiment; let the properties of a
simply supported floor beam be so, that when
introducing the displacement w (due to 1 kN force) and
the fundamental frequency f from Equations (5) into
Equation (4), we get the value of 1.0, i.e. we will
accurately satisfy the performance criterion in in
Equation (4). Next, we introduce clamping of this beam
and from the textbooks; a fully clamped beam have
deflection and fundamental frequency given by:

w=

f =

Fl 3
1

48 EI 4

(6a)

Figure 3: Beam with end restraints modelled by
rotational springs.
Furthermore, for simplicity, we let the rotational
restraints at both ends be equal i.e. K1 = K2 = K. Then the
deflection due to a point load at the centre of the beam
becomes:

w=

Fl 3  K + 8 

48 EI 4  K + 2 

(7)

The first fractional term equals deflection of a simply
supported beam, while the second fraction contains the
effect of the end restraints.
Based on energy considerations, (maximum kinetic and
strain energies) the fundamental angular frequency 
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can be estimated by use of the Rayleigh quotients
resulting in the following expression for the angular
frequency:

 = 2 4290 
29 K 2 + 116 K + 620
EI

2
993K + 20560 K + 109220 ml 4

(8)

Deflections are much more sensitive to increased
rotational restraints at the beam ends than the
fundamental frequency.
Moreover, we can utilize the improved performance due
to increased rotational restraints at the beam supports,
and get an increase of the possible span length or a
decrease in bending stiffness and still have acceptable
floors. If we require that the performance criterion in
Equation (4) shall be equal to unity, and evaluate it by
use of Equations (7) and (8), we can express the possible
increase in relative vibrational performance for a
restrained beam relative to a simply supported beam.
The performance increase almost linearly with
increasing stiffness of the end restraints in the practical
domain of the rotational stiffness K, see the plot in
Figure 4.

considering Figure 4 or the analytical expressions, we
obtain a relative performance of 2.2. This does not
indicate that the performance of the floor is more than
twice as good, but merely a considerable margin to
improper floor performance.

3 AXIALLY LOADED FASTENERS
Axially loaded fasteners like glued-in rods and screwedin threaded rods do not usually show any significant
initial slack, which make them suited for moment
resisting frames. However, the assembly on the building
site might be cumbersome if gluing has to take place on
site, see the illustration in Figure 5(a).
This problem has been overcome by use of intermediate
metals parts, see Figure 5(b). Here, the beams are rigidly
connected to the columns by threaded rods with nuts,
connected to a steel hollow section. An alternative to the
use of continuous column is to have a steel beam section
as a kernel of the connection and fasten all member ends
rigidly to this steel beam, see illustration in Figure 5(c).
It should be noted that these steel parts are vulnerable
with respect to fire and they therefore have to be
properly covered.

Figure 5: Connections with glued in rods after [12]and
[13]
3.1 PERFORMANCE OF AXIALLY LOADED
THREADED RODS

Figure 4: Performance evaluated by Equation (4) as a
function of rotational end stiffness K relative to a similar
simply supported beam.
Perfect rigid connections between the beams and the
columns sketched in Figure 1 lead to a relative (to beam)
rotational stiffness of K between 16 and 32. However,
so far no rigid connections for timber structures are
commercially available, and the possible rotational
restraint is in reality far less.
If we consider the required minimum stiffness from
Figure 2, let k .1 = k .2 = k = 10000 kNm/rad and

relate it to the bending stiffness of the beam section, we
get relative rotational stiffness K = 2.9 and by

Threaded rods with inclined configurations in moment
resisting connections are mainly axially loaded.
Therefore the performance of the connection depends on
the withdrawal properties of the rods. In general,
threaded rods feature high withdrawal capacity and
stiffness. In a recent investigation [14-17], the influence
of the embedment length and the angle to the grain
direction on the withdrawal stiffness and capacity of
axially loaded threaded rods has been studied.
Analytical expressions for the estimation of the
withdrawal properties have been derived based
principally on Volkersen theory [18] for axially loaded
fasteners [19] and calibration by experimental results.
The analytical expression for the estimation of the
withdrawal stiffness Kw (under service load) is given by
Equation (9). Equation (9) is valid for the pull-push or
the pull-shear loading condition.
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tanhω
K w = π  d  lef  Γ e 
ω

(9)

In Equation (9), d is the outer thread diameter of the
rods, lef is an effective length, Γe (in N/mm3 ) is a shear
stiffness parameter and ω is a parameter which takes into
account the shear stiffness relative to the axial stiffness
of the rod and the wood. These parameters are given by
the following expressions [17]:

lef = l - 0.5 d

(10)

ω = π  d  Γ e  β  lef 2

(11)

1
1
+
As  Es Aw  Ew.α

(12)

9.65
1.5  sin α + cos 2.2 α

(13)

β=

Γe =

2.2

In Equations (10)-(13), E and A symbolize the modulus
of elasticity and the cross-sectional area respectively.
The subscripts s and w denote the threaded rod and the
wooden element, respectively. The angle between the
axis of the rod and the grain direction is denoted α. Aw is
the cross-sectional area of wood which is assumed to be
in a state of pure and uniform axial stress under the
supports and depends on the loading condition and the
experimental setup [14]. The effective length given by
Equation (10) is assumed instead of the actual
embedment length l to take into account: a) the
accumulated damage in the entrance point during the
process of screwing-in; and b) the fact that the shear
stress is zero on the free surface of the wooden element
and a certain length is required in order to build-up. The
shear stiffness parameter Γe has been quantified by use
of experimental results. Note that the parameters ω, l and
α in this Section should not be confused with the angular
frequency, span length and limit deflection, respectively,
in the previous Section.
Figure 6 presents the experimentally recorded
withdrawal stiffness values obtained in [14] as function
of the embedment length for six different rod-to-grain
angles (α= 0, 10, 20, 30, 60, 90°). These results were
obtained for SFS-WB-T-20 rods [20] with d= 20 mm
and varying embedment length (l= 100, 300, 450, 600
mm). The analytical estimations by Equation (9) are also
provided in Figure 6.
As shown in Figure 6, threaded rods feature high
withdrawal stiffness especially for smaller angles and
greater embedment lengths. The analytical estimations
are in good agreement with the experimental results.
Equation (9) is a highly non-linear function of l. The
increase of Kw due to increasing l becomes gradually
smaller for increasing l and insignificant for long
threaded rods. This observation is validated by
experimental results. No initial slip or soft response was
experimentally observed and therefore immediate load

take-up was possible. This is a very advantageous
feature of axially loaded threaded rods compared to
laterally-loaded fasteners.
The withdrawal properties of threaded rods are
promising with respect to their use as fasteners in
moment-resisting connections. However, threaded rods
are loaded with a combination of axial and lateral
loading and the influence of lateral forces on withdrawal
properties as well as the interaction of axial and lateral
forces should be investigated.

Figure 6: Withdrawal stiffness of threaded rods as
function of the embedment length for various angles [14,
17]

4 CONNECTION WITH SCREWED-IN
THREADED RODS
4.1 BEAM-COLUMN CONNECTION
The combination of easy mounting of prefabricated
components and high rotational performance is
challenging. Most coupling parts used in connections
have some gaps and show low initial stiffness or maybe
lack of rotational stiffness for small loads like human
activity on floors and wind actions in serviceability state.
The threaded rods used here are continuous and do not
have any intermediate parts. Some tests of connections
with threaded rods have however showed an initial lower
stiffness for very small loads. It is believed that selfweight loading will in most cases pass this load level and
this effect might be neglected.
The threaded rods are installed in predrilled holes in the
columns and beams. A sketch of a possible layout is
shown in Figure 7. For maximum stiffness of the
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connection, it is best to have maximum distance between
the rods at the interface between the beams and columns.
The connections consist of pairs of threaded rods; one on
the tensile side of the beam and the other on the
compressive side. Since it is chosen to use inclined rods
relative to the grain direction, the connection might also
be made with solely threaded rods on the upper side of
the beam. However, as the beam must be in contact with
the column in order to transfer moments, some tensile
stresses might develop in the beam. This tension is due
to the friction between beam end and column, and the
kinematics at the interface. Consequently cracking due to
tension normal grain might occur. This is the reason for
the greater inclination of the rod on the lower side of the
beam, consider Figure 7; it serves hence also as a
reinforcement to tension.

withdrawal stiffness is reached on the beam side and the
lowest on the column side. A configuration with inclined
rods may lead to higher connection stiffness due to
possible better combination of withdrawal stiffness for
both sides.
4.2 EXPERIMENTAL TESTS
On the background and consideration above, several
prototype layouts have been experimentally tested.
Variations of the layout sketched in Figure 7 have been
studied. Different inclination, number of rods and sizes
of the rods have been used, but no systematic test
program have so far been performed.
The test results reported herein is from the connections
between the columns and the beams, which were
produced according to the measures in Figure 7.
Columns and beams were made of Glulam GL30c [3]
with heights for beam and columns of 450 and 405 mm,
respectively. The width of all glulam members was 90
mm. A pair of rods was used consisting of a 20 mm SFS
threaded rod at the top and a 15 mm threaded rod at the
bottom.
The objective of the testing considered herein was to
study the effectiveness of beam restraints from columns,
and the structure (with beams, columns and floor) is
depicted from the end on Figure 8. The beam and
column system was subjected to non-destructive testing
including static loading as well as dynamic testing. After
the non-destructive testing was finalized, the connections
were cut out of the structure and subjected to static
destructive testing in order to determine the stiffness and
capacity of the connections. A photo of the test setup is
shown on Figure 9. It should be noted that the fasteners
are almost invisible and hence the connection has a
pleasant appearance. The experimental tests had focus on
the rotational stiffness and moment capacity.

Figure 7: Moment-resisting connection with inclined
threaded rods
The withdrawal stiffness is strongly dependent on the
angle between the rod axes and the grain direction; it is
maximal for rods embedded parallel to the grain
direction, while it is roughly half for rods embedded
perpendicular to the grain, confer Figure 6. Based on this
information, the rods should be installed along the grain.
However, the requirement of edge distances would then
lead to a reduction of the internal moment arm between
the rods (reduction of distance at the interface of beam
and column). Moreover, the connection would have been
quite vulnerable to cracking since the entire rod could be
located in a crack along the grain. Therefore, it is
recommended to have a minimum inclination relative to
grain, which probably is dependent on the length of the
rods. The longer the rods, the smaller inclination might
be allowed. In a configuration with continuous rods
embedded parallel in the beam, the rods are embedded
perpendicular in the column. Therefore the maximum

Figure 8: Test specimen for non-destructive testing of
floor/column system with continuous columns
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demonstrated by experimental testing that rotational
stiffness values in the order of 2500 kNm/rad can be
achieved for one pair of inclined threaded rods
embedded in the timber elements. By use of 4 pairs of
inclined rods a rotational stiffness greater than 10000
kNm/rad can be obtained. Hence it seems possible to use
this type of technology for horizontal stabilization of
medium rise timber buildings together with contribution
from stairs/lift towers, possibly also timber based. The
achievements have also been discussed in view of
benefits with respect comfort properties of floors and a
possible increase in span lengths.
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GROUP ACTION OF AXIALLY-LOADED SCREWS IN THE NARROW
FACE OF CROSS LAMINATED TIMBER
Reinhard Brandner
ABSTRACT: Withdrawal properties of axially-loaded groups of screws in the narrow face of cross laminated timber
(CLT) are investigated by means of a stochastic approach based on a single screw model which provides a complete
stochastic description of the load-displacement curve. Different group dimensions and configurations are analysed,
featuring screws with equal or different thread-fibre angles. The stochastic approach is successfully verified by tests.
Influences caused by shortcomings in assembling and by screws penetrating knots as well as gaps are addressed.
Suggestions, relevant for the development of CLT system connectors and for practical applications, are made.

KEYWORDS: Self-tapping screws, axially-loaded, group action, cross laminated timber, CLT, narrow face, stochastic
approach, effect of delayed stiffening, knot effect, gap effect

1 INTRODUCTION 1
The market launch of cross laminated timber (CLT) two
decades ago extended decisively the possibilities
constructing with timber and raised timber’s market
share in the building construction sector. CLT’s large
dimensions, its outstanding resistance and stiffness inand out-of-plane predestines it for various constructions,
in particular for single and multi-storey buildings but
also superstructures, leading to a renaissance of timber in
our cities. Constructions in CLT can realize also
exceptional resistances against earthquake loads.
However, due to the high stiffness of CLT in-plane,
sufficient ductility in conjunction with energy
dissipation, which, together with high resistance and
stiffness is one of the three general prerequisites for
connections, can be realised only in joints. Current CLT
structures are frequently erected by using angle-brackets
and hold-downs, a practice transferred from light-frame
timber structures. These joints can provide a remarkable
amount of ductility but feature an eccentric load transfer
and a low degree of utilisation, in terms of load carrying
capacity of joints compared to that of CLT; e.g. [1].
Within the last decades, achievements in adhesive
technology and in regard to self-tapping timber screws
lead to two connection technologies with high load
carrying and stiffness potential if loaded in shear and
axial in tension, respectively. However, both types
behave rather stiff and brittle than ductile. High ductility
together with high resistance and stiffness can be
achieved for example in joints which comprise both, a
stiff and high resistant anchoring in timber, e.g. via metal
Reinhard Brandner, Graz University of Technology,
reinhard.brandner@tugraz.at

sheets fastened by screws at the factory, and ductility via
a separate connection between the metal sheets,
assembled on-site (site joint), i.e. a profile of
requirements realized by so called system connectors
(e.g. X-RAD; [2]). Additional demands on the
connection to CLT are the optimisation of timber volume
and number of fasteners required for anchoring. For the
system connector further prerequisites are easy handling,
high flexibility in application and economic efficiency.
Regarding flexibility, in typical multi-storey CLT
buildings different joint categories are present:
 joints between CLT elements in the same plane,
e.g. between floor or wall elements
 joints between CLT elements in different
planes, e.g. between wall and wall or floor
elements
 joints between CLT and other structural
elements in the same or in different planes.
The design of screwed joints between differently
oriented CLT elements requires knowledge about
screw’s anchorage properties in CLT’s side and narrow
face. With focus on the narrow face, so far only a few
investigations are available which address the
withdrawal properties of primarily axially-loaded selftapping screws. Such joints are influenced by the
orthogonal layering and the occurrence of different types
of open/closed gaps within CLT products without
narrow face bonding (see Figure 1) or checks in CLT
with narrow face bonded layers. [3] provide a design
concept which is based on single screws’ withdrawal
tests, thread-fibre angles α = 0° and 90° and gaps of
randomly varying gap width. Minimum spacing and
minimum edge distances were determined by judgement
of cracks which emerged during screw-in tests.
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model presumes an ideal parallel system and loaddisplacement curves simplified as bi-linear model
(BLM), i.e. linear-elastic until maximum load than ideal
plastic until the displacement dedicated to the point of
maximum load followed by a sudden failure. The second
model simply sums up the load-carrying capacities of
single screws with corresponding α (sum model; SM).
The outcomes of both models were overall in good
agreement with the average test results. Surprisingly, a
slightly better agreement was found between the test
results and SM but with the tendency to overestimate the
withdrawal capacities of larger groups of screws, i.e
N ≥ 6. A remarkable discrepancy was observed between
the tests and the BLM as far as groups comprising
screws with α = 0° and 90° were concerned. Apart from
the load-carrying capacity, with increasing N an
unexpected significant regressive course of the slip
modulus was observed.

3

a1,p

A–A
Figure 1: Definition of layers and joint (gap) types relevant for
self-tapping screws in the narrow face of CLT

[4] quantified the influence of gap type and width on
withdrawal properties by means of single screw
withdrawal tests with nominal diameters d = 8 and
12 mm. He investigated screws positioned in different
layers with different α as well as different types of gaps
featuring defined widths. [5] tested axially-loaded
groups of screws in narrow face bonded CLT with
various different α, numbers of screws in the group, N,
and group configurations, i.e. positioning screws in
layers with equal or different α. Minimum spacing in
direction in- and out-of-plane, a1,p and a2,s (see Figure 1),
were determined by testing one-dimensional groups of
screws (rows and columns) at different spacing and
selecting the least spacing of groups without significant
reduction of the average withdrawal resistance in
comparison to N-times the resistance of single screws.
Regarding the spacing, good agreement with previous
investigations was found. A proposal can be found in
Table 1. Applying these minimum spacing, the
withdrawal properties of two-dimensional groups
comprising screws with equal or different α were
analysed, see Figure 2.
Table 1: Minimum spacing according to [6]

α
0°
45°
90°
0° | 90°
45° | 45°
1)

a1,p
2.5 d
5d
7d
5d
5d

a2,s
5 d / 2.5 d 1)

5 d if screwed-in in the same layer;
2.5 d if screwed-in in different layers

Furthermore, [5] used two models to estimate the
withdrawal capacity of tested groups of screws based on
the withdrawal properties of single screws. The first

Figure 2: Withdrawal test on N = 6 partially-threaded selftapping screws: 4 screws in IL (0° | 90°), 2 screws in ML (90°)

The aims of this paper are to improve the predictability
of groups of screws’ load-carrying capacity by taking
into account the variability in the load-displacement
curves, the softening behaviour after exceeding the
maximum load Fmax, shortcomings which may occur
during assembling groups of screws and the impact of
screws penetrating knots, in applications a frequent
circumstance but not considered in determining basic
withdrawal properties. We therefore extend the multivariate stochastic approach in [7], capable to provide a
complete stochastic description of the load-displacement
curves from axially-loaded single screws failing in
withdrawal. This approach involves the main findings in
[4], e.g. the influence of thread-fibre angle, gap type and
width on withdrawal properties. Explicit consideration of
these aspects allows predicting the statistical
distributions of single screw’s withdrawal properties for
all relevant positions in the narrow face of CLT. In
addition to this, we discuss also reasons for the
significant regressive course of slip modulus with
increasing number of screws in the group, as observed in
[5]. To account for the possibility that some screws in a
group are positioned in gaps, in particular in open gaps,
i.e. gaps between boards within layers, a further
stochastic approach is defined considering common
layups of CLT, standardised layer thicknesses and other
common CLT product parameters, e.g. lamella and gap
width.
This contribution focuses on the stochastic description of
parallel acting axially-loaded screws in groups; apart
from the load-displacement curves, other mechanical
group effects are not regarded. We assume that the
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2 MATERIAL AND METHODS
2.1 SINGLE SCREW MODEL
Each screw in the analysed groups was modelled by
means of the multi-variate stochastic approach [7]. This
approach, in core based on the model in [9], enables a
complete stochastic description of the load-displacement
curve of axially-loaded screws failing in withdrawal. In
addition to the model in [9], which describes the stressstrain curve of timber exposed to compression parallel to
grain, also the possibility of delayed stiffening at low
load levels, a well-known characteristic of natural,
hierarchically structured materials [10], is considered.
This new bi-linear, non-linear approach comprises six
stochastic variables, wini, wlin and wf as displacements at
the end of delayed stiffening, the end of the linear-elastic
zone and at maximum load, respectively, and kser, Fmax
and c as slip modulus, maximum load and shape
parameter, respectively, see Equations (1–4) and Figure
3. Apart from variable c all other variables can be
directly examined from withdrawal test data and are
mechanically motivated. Non-linear softening of screws
after exceeding Fmax is allowed until 0.6 Fmax and
followed by a sudden drop to zero.
0
, for w  wini


Fax  w   kser w  F
, for wini  w  wlin

c


w
k
k
w
k
3 wx    kser wlin  F 

 x  1 2 x

(1)
, else

with
wx  w  wlin and F  kser wini

(2)

and with parameters
1 ,
1
k3 
c
kser
 c  1 kser  wf  wlin 

(3)

1
c

Fmax   kser wlin  F   c  1 kser  wf  wlin 

(4)

k1 

k2 

All settings and sub-models for each of the six model
parameters, including the variance-covariance matrix,
and stochastic models explaining the influence of α and
density on all these parameters are outlined in [7];
expected values, E[X], and coefficients of variation,
CV[X], of five parameters, with X = {Fmax, kser, c, Δwlin,
Δwf}, and for α = 0° and 90° are shown in Table 2.

12 wini wlin

Load F [kN]

10

wf

Fmax

non-lin.
model

8

6

tan–1 (kser)

test data

tan–1

0
–2
–4

0

1

Flin

app. lin.-el.
zone

(ku)

2

0.6 Fmax

bi-linear
model

4
2

ΔF

minimum spacing according to Table 1 are sufficient so
that each screw in a group can act individually, apart
from being constraint to the same displacement than all
other screws in the group. Thus, in our stochastic
investigations we presume that the anchorage volume
dedicated to each individual screw is sufficient, i.e. no
significant influence on neighbouring screws is
expected. Furthermore, ideal parallel, displacementcontrolled system behaviour is implied. The
investigations are also restricted to Norway spruce
(Picea abies) of common strength class C24 according to
EN 338 [8], although the main findings are at least
qualitatively also relevant for other timber species and
grades.

3

4

5

Displacement w [mm]

Δwini
Δwlin

–6

Δwf

Figure 3: Load-displacement curve: definition of non-linear
(NLM) and bi-linear model (BLM) parameters; comparison
with test data
Table 2: Parameter settings according to [7]

parameter

unit

Fmax
kser
c
Δwlin
Δwf

[N]
[N/mm]
[–]
[mm]
[mm]

α = 90
α=0
E[.] CV[.] E[.] CV[.]
10,842 13 % 7,487 13 %
11,994 16 % 16,958 16 %
5.25 25 % 2.32 25 %
0.33 25 % 0.23 25 %
2.56 12 % 0.70 12 %

2.2 MODELLING GROUPS OF SCREWS
Groups of screws were modelled as ideal parallel system
with global load sharing (GLS) between all active screws
in the group. Thus, after partial failures the load was
redistributed uniformly over the survivors (non-linear
model; NLM). Each discrete load-displacement curve,
with an increment of 0.002 mm, was modelled until an
ultimate displacement of 10 mm. Each group
configuration was realised 1,000-times which provides a
good basis for statistical analysis. The maximum loadcarrying capacity of groups was defined as the maximum
resistance of superposed N-single load-displacement
curves. The slip modulus was set as the maximal
gradient, calculated by means of simple linear regression
over 50 subsequent load-displacement data points,
conducted step-by-step every 20 increments. Apart from
these parameters also Δwini, Δwlin and Δwf were recorded.
2.3 PARAMETER STUDIES
2.3.1 DELAYED STIFFENING
The displacement dedicated to delayed stiffening, Δwini,
is one parameter of interest in analysing the withdrawal
properties of groups of screws. However, if determined
from tests Δwini is usually biased as normally a pre-load
is applied prior test data recording. This pre-load is to
prevent collecting data comprising initial slip, but
hinders specifying the amount of displacement dedicated
to a material specific delayed stiffening.
Parameter Δwini is also of practical relevance as
shortcomings during assembling of screws to groups, i.e.
non-uniform screwing-in, non-uniform torque, can be
analysed as well. This is illustrated exemplarily by
means of a parameter study, modelling Δwini as
lognormal variable with E[Δwini] = 0.0, 0.5 and 1.0 mm,
and CV[Δwini] = 30 % and 60 %.
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2.3.2 INFLUENCE OF KNOTS
Common withdrawal properties of screws base on tests
in timber, locally free of any growth characteristics like
knots, checks or reaction wood. However, interested in
the withdrawal behaviour of groups of screws for
practical applications there will be a certain probability
that a share of screws within groups penetrate or contact
such local growth characteristics.
With focus on knots, in Norway spruce densities about
two- to three-times higher than the surrounding timber
are observed. This consequence higher withdrawal
capacities and slip moduli in cases were screws penetrate
or contact them. The available amount of test data sets
where screws penetrate knots is limited and not
sufficient to calibrate all six stochastic model parameters
and relationships with adequate quality. For first
investigations on the effect of having some screws in the
group which are influenced by knots only an increase in
Fmax and kser are considered. Tests reported in [11]
indicate on average and independent of the thread-fibre
angle approximately 20 % and 50 % higher slip moduli
and withdrawal strengths in screws penetrating a knot.
This information is used in analysing some group
configurations.
2.4 TEST DATA FOR VERIFICATION
The model outcomes are compared and validated with
test data provided in [5]. He performed withdrawal tests
on groups of axially-loaded screws placed in the narrow
face of CLT. All tests were made using CLT of Norway
spruce (Picea abies) lamellas, with nominal strength
class C24 according to EN 338 [8] and standard lamella
(layer) thicknesses tℓ = 20 and 40 mm. The CLT was
glued on the narrow faces; thus, influences caused by
open gaps are prevented. All tests were made with
screws of type ASSY 3.0 [12] with a nominal diameter
d = 8 mm.
The
penetration
length
was
lp = 10 d = 80 mm, including the screw tip, the effective
length was lef = 80 – 5 = 75 mm. Tests comprised threadfibre angles α = 0°, 45° and 90° as well as combinations
of these angles in cases where screws were positioned
centrically in-between two neighbouring layers, i.e.
0° | 90° and 45° | 45°. The aims of these investigations
were to determine the minimum spacing a1,p and a2,s; see
Figure 1) by testing one-dimensional groups of screws.
In addition, two-dimensional groups of screws of up to
N = 9 (3 × 3) screws per group were tested. By doing so,
the minimum edge distance a2,c = 5 d (edge distance outof-plane) according to [3] was applied. For testing the
envisaged group configurations, industrially produced
CLT elements from one producer and four different
layups were used. The layups were defined in a way that
screws could be positioned in the middle of or
centrically in-between layers. Spacing a1,p and a2,s of 2.5,
5.0, 7.0, 7.5 and 10.0 d were tested. To secure a joint
action between all screws in a group, on every screw a
torque of 10 Nm was applied and controlled in two runs.
Furthermore, all screws were inserted through a thick
steel-plate on which the load was applied.
The test protocol was according to EN 26891 [13].
Further details, e.g. concerning the test setup and the

measurement used for determining
displacements, are provided in [6].

the

local

3 RESULTS AND DISCUSSION
3.1 MODEL COMPARISONS & VERIFICATION
In the following, a comparison between different models
and test results is made. All these comparisons base on
Δwini = 0 mm; the influence of delayed stiffening is
discussed later in Section 3.2. As the data basis for NLM
is not identical with that of tested groups of screws,
relative comparisons are made; the outcomes of SM are
taken as reference. The relative comparisons for the test
data are related to the SM settings as given in [5]; apart
from parameters kser and wf these settings are widely
comparable with that in Table 2.
A first comparison between the outcomes for Fmax and
kser is presented in Figure 4. It contains relative
comparisons between average values from the bi-linear
(BLM), the non-linear model (NLM) and the test results
to the sum model (SM); this for various configurations
of groups of screws. The notation of the group
configuration, e.g. S2R3_IMI_0090900090, corresponds
to a group of screws comprising two columns (S2) and
three rows (R3) positioned in intermediate layers (I) and
middle layer (M), α = 0° | 90° (0090; dedicated to I) and
90° (90; dedicated to M). The group configurations in
Figure 4 are ranked in ascending order, primary
according to N, secondary according to the number of
different thread-fibre angles within the group.
Following Figure 4, for Fmax overall a good agreement
between models and test results is observed. As already
discussed in [5], a better agreement is found between SM
and the average test outcomes. The outcomes of the bilinear model (BLM) underestimate the test results
significantly in all cases were groups comprise screws
with α = 0° and 90° or screws positioned in IL, with
α = 0° | 90°. For these groups NLM provides estimates,
overall much closer to the tested withdrawal capacities.
Apart from these group configurations, a very good
agreement between BLM, NLM and SM is found, i.e in
all groups comprising only screws with equal α. The
better estimates of NLM compared to BLM originate in
the softening enabled until 60 % of Fmax in NLM.
Consequently, the remaining load-carrying capacities of
screws which already exceeded Fmax can be utilised.
However, due to the inverse relationship of Fmax and kser
vs. α it is mechanically hard to argue why groups
comprising screws of different α have withdrawal
capacities equal to the sum of the corresponding single
screw’s withdrawal capacities; this as far as the
assumptions apply that all screws in a group feature a
stress-state equal to that in single screws and that all
screws in the group are exposed to the same
displacement.
Equal displacement was secured by using rigid steelplates for loading in a push-pull test setup. However, an
equal stress state of all screws in the group, comparable
to that of single screws, is debatable. Recent finiteelement analysis in [14] indicate that the distribution of
stresses along the effective thread of screws within
groups is different from screws positioned at the group
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edge, whose stress state appears qualitatively equal to
that of single screws; see e.g. [15]. A reason for the
different stress distributions is seen in the compression
120%

N=2

stresses, active between the screws. These compression
stresses consequence from horizontal stress components
induced by the thread into the timber.
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Figure 4: Average values of X = {Fmax, kser} based on bi-linear (BLM), non-linear model (NLM) and test data in comparison to sum
model (SM) vs. various group configurations

Figure 6 contains mean and 5 %-quantile values based
on rank statistics of Fmax and kser from NLM related to
SM for various group configurations. The relative mean
values of Fmax for a given configuration within one
column-setting are equal whereas the corresponding
5 %-quantiles increase with N; the same is true for kser.

(Fi+1 – Fi) / (wi+1 – wi) [kN/mm]

Although the minimum spacing were determined by
testing one-dimensional groups of two to three screws,
this differences in the stress distribution may to some
extend explain why SM predicts test results of some
configurations better than NLM. Furthermore, it may be
also one reason why kser of groups was found to be much
lower than kser of single screws times N. Another
important aspect therefore is seen in the uncertain
determination of kser, in particular by using the data of
the reference, single screw tests. These uncertainties are
because of the torque applied before testing. In groups
this torque caused on average a pre-load of 18 % of Fmax
whereas the same torque applied on single screws lead to
an average pre-load of 27 %; see [5]. Consequently,
based on the reference data sets only a limited number of
reliable kser-values could be determined. The comparison
in Figure 4 indicates that the reference value (N = 1) for
α = 0° might be chosen too high. However,
determination of kser from tests on very stiff fasteners
like screws is a general challenge as the outcome is
highly dependent on the data range chosen for the
analysis; see Figure 5. This is because real loaddisplacement curves show only a limited domain of
apparent linearity; see Figure 1. Additional influences
from bending and compression stresses, as potential
sources for the decrease of kser with increasing N, are
found to reduce kser only by 5 to 6 % and are thus
negligible.
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Figure 5: Gradient ΔF / Δw vs. w from a typical single screw
withdrawal test with α = 0° compared to determined kser

The increase in 5 %-quantiles is because of the reduced
variability as more and more screws interact in parallel
and balance each other within the group. This increase is
even higher for kser. This is because of the slightly higher
variability of kser compared to Fmax (16 % vs. 13 %,
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respectively), as found by testing single screws, and the
circumstance that the distribution of kser | N simply
follows the distribution of the arithmetic mean, which
consequence that the average value of kser behaves
independent of N whereas the variability, expressed as
CV, follows

CV  kser  N  CV  kser  N  1

(5)

N

This statement is underlined in Figure 7, which shows
the relative decrease of CV[X] with increasing N, for
Fmax and kser and based on tests in [5].
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3.2 INFLUENCE OF DELAYED STIFFENING
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wini: C3

The small number of tests per group configuration (ten
tests per one-dimensional group; six tests per twodimensional group) causes a noticeable uncertainty in
statistics of CV[XN]. Some configurations are expected
to have higher varying properties than others; e.g. groups
with heterogeneous vs. homogeneous α. A comparison
between simple power regression models calibrated to
the test outcomes and a theoretical decrease of
CV[XN] / CV[X1] with increasing N according to
Equation (5) demonstrates overall a good agreement for
both, Fmax and kser. This information would in principle
allow estimating also other statistics than mean values
from Fmax and kser by means of SM. Care shall be taken
in case of groups of screws comprising different threadfibre angles. Apart from higher varying properties in
these groups there is also an influence on the shape of
their distributions.
Back to Figure 6, in the design process it is state-of-theart that the characteristic (5 %-quantile) withdrawal

wini: C2

Figure 7: Relative change of CV[X], given X = {Fmax, kser}, vs.
N: comparison between theoretical and power regression
models calibrated to test data and to CV[X1]
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wini: C3

N [–]

wini: C2
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Apart from the delayed stiffening as characteristic
behaviour of timber interacting with screws, parameter
Δwini can be used to investigate practically and safety
relevant shortcomings in assembling groups of screws,
e.g. differences in applied torque or insufficiently
screwed-in screws with missing contact to metal plates
or timber surface.

wini: C1

50%
0%

capacity of groups of screws is calculated by multiplying
the characteristic capacity of single screws times the
factor Nef, which is usually defined as Nef ≤ N. The
theoretical outcomes indicate also factors Nef > N. We
come back to this aspect later.

wini = 0

200%

(X | wini) / (X | wini = 0) [–]

CV[XN] / CV[X1] [%]

Figure 6: Mean and 5 %-quantile values of X = {Fmax, kser} based on non-linear model (NLM) in comparison to sum model (SM) vs.
number of screws and group configuration

Figure 8: Means and 5 %-quantiles of X = {Fmax, kser} vs. four
settings of Δwini: Δwini = 0 mm, C1: E[Δwini] = 0.5 mm,
CV[Δwini] = 30 %, C2: E[Δwini] = 1.0 mm, CV[Δwini] = 30 %,
C3: E[Δwini] = 0.5 mm, CV[Δwini] = 60 %
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We investigated three different settings with Δwini as
lognormal random variable. The outcomes, as means and
5 %-quantiles (rank statistic) of Fmax and kser related to
the reference case, Δwini = 0, are shown in Figure 8. A
negligible influence on Fmax but a significant influence
on statistics of kser is observed. Doubling E[Δwini] (C2)
does have a higher influence than doubling CV[Δwini]
(C3). The decrease in kser caused by Δwini increases with
N and is higher in groups of screws featuring different α.
The additional variability in the load-displacement
curves caused by the randomness of Δwini increases also
the variability in Fmax and kser. Consequently, the
influence of Δwini on the 5 %-quantile level of
withdrawal properties is even higher.
3.3 INFLUENCE OF KNOTS
In practical applications knots are frequently penetrated
by screws but their influence on the base withdrawal
properties is usually not taken into account. Apart from
the significantly higher density of knots in comparison to
the surrounding timber, the randomness in penetrating
knots together with the randomness at which α they are
penetrated adds additional uncertainty in group of
screws’ properties and applications.
1.50
1.40

Fmax

comparison to groups without screws penetrating knots
are expected, although higher variabilities are expected
as well.
3.4 INFLUENCE OF GAPS
Withdrawal properties of screws positioned in gaps are
influenced in two ways: open gaps, i.e. wgap > 0,
consequence lower properties due to losses in anchorage
volume and contact of screw’s thread to the timber.
Positioning in closed gaps between two equally oriented
timber elements, e.g. butt joints, maintain a reduced
variability and consequently slightly higher 5 %-quantile
values of Fmax and kser than screws anchoring in one
timber element. However, screws positioned in closed
gaps between timber elements with different fibre
orientations feature a lower withdrawal capacity which is
because of the inverse relationship of Fmax and kser vs. α.
Recent experimental [4] and stochastic investigations [7]
on single, axially-loaded screws positioned in the narrow
face of CLT and failing in withdrawal have shown that
gaps can be considered easily by just taking into account
the residual lateral area Ares anchored in timber in case of
open gaps as well as an ideal parallel system behaviour
together with global load sharing (GLS) for single
screws anchored with different α.
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Figure 9: Means and 5 %-quantiles of X = {Fmax, kser} vs. knot
occurrence: four different screw group settings; values of NLM
related to SM

We investigated the influence of knots exemplarily for
four group configurations assuming a deterministic
amount of screws penetrating knots with defined α.
Figure 9 illustrates the outcomes as mean and 5 %quantile values (rank statistic) for Fmax and kser. A linear
increase in both properties with increasing share of
screws in groups penetrating knots is observed. This is
due to the simplified approach considering only an
increase in expected values of Fmax and kser in single
screws penetrating knots. However, in some cases, e.g.
when screws penetrate knots parallel to grain, the
combination of high density and α = 0° is expected to
result in a very stiff behaviour in combination with a low
value of wf which consequence a quasi-brittle withdrawal
behaviour with sudden softening after exceeding Fmax.
Even then, higher characteristic values of Fmax and kser in
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Figure 10: Ures / U vs. the relative position to BuJs with open
gaps, with 0 ≤ x ≤ (d + wgap) / 2, α = 0°, d = 8, 10 and 12 mm
and wgap = 2, 4 and 6 mm

For practical applications and due to economic reasons,
for groups of screws in the narrow face of CLT
knowledge about the probability that a screw is
positioned in a certain gap type and width is needed. To
be able to discuss this circumstance for CLT, a product
whose properties are dependent on a great number of
parameters, again a stochastic approach is formulated. In
respect to common Central European products the
following parameters and ranges are investigated:
 gap width wgap = {0, 2, 4, 6 mm}
 nominal screw diameter d = {8, 10, 12 mm}
 standard lamella (layer) thicknesses tℓ = {20,
30, 40 mm}
 lamella widths wℓ = {80, 160, 240 mm}
 effective length lef = 15 d
We focus at first on butt joints (BuJ; see Figure 1) and
the worst case, that a screw is positioned in-line with the
gap, i.e. with α = 0° and parallel to CLT’s side face. It is
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ABJ+TJ
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A90
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easy to show that the residual circumference Ures
anchored in timber in dependency of screw’s position
relative to the gap follows the curves in Figure 10.
Consequently, the minimum residual circumference
min[Ures] occurs at x = wgap, i.e. at that position where
the screw’s thread starts to penetrate the opposite timber
element. Practical issues in screw positioning
demonstrate that this minimum is solely theoretical.
Because of this issue and for general simplification,
independent of screw’s position x within a BuJ, Ures
equivalent to a centric positioned screw in BuJs
(x = (d + wgap) / 2) applies.
In case of bed joints (BeJ) and the worst scenario of
interacting α = 0° and 90°, comprehensive investigations
in [7] have shown that screws centrically positioned
between two layers feature on average only 8 % higher
withdrawal capacities than screws solely anchored at
α = 0°. Consequently and for simplification the
probability of positioning screws in BeJs is merged with
that featuring α = 0°.
For T-joints (TJs), outcomes in [4] and [7] outline that
positioning of screws in such joints with open gaps, even
if pre-drilled, is practically not feasible and even
theoretically the resistance is, as shown for BeJs, only
marginally and thus negligible higher than for screws
completely anchored with α = 0°. Thus, the probability
positioning screws in TJs is merged with that of BuJs.

wℓ + wgap

Figure 11: Definition of areas related to different α and gap
types, exemplarily for screws positioned in-line with gaps and
parallel to CLT’s side face

The probabilities that a single screw randomly
positioned in the narrow face of a CLT element hits a
certain type of gap or a specific α are calculated as
relative shares of surface areas dedicated to these
different types. As reference, an area in length equal to
the width of the lamellas plus the gap width and in width
equal to the half of CLT element’s thickness minus the
edge distance a2,c = 5 d (see [3]), assuming equal lamella
widths for all CLT layers, is used, see Figure 11.
In the following a multi-modal stochastic approach is
formulated which allows to calculate the withdrawal
properties of single screws randomly positioned in the
allowed narrow face of CLT elements, whereby the
screws are oriented in-line with gaps and parallel to the
side face. Due to the previous simplifications made in
respect to different gap types, this approach reduces to
the three-modal model

f X,CLT-NF  x   p0 f X,0  x   p90 f X,90  x   pBuJ f X,BuJ  x 

(6)

with fX,CLT-NF(x) as density function of withdrawal
properties X = {Fmax, kser} given a specific CLT element
featuring gaps of defined type and width, fx,0(x), fx,90(x)
and fx,BuJ(x) as density functions of withdrawal properties
at α = 0° and 90° and of BuJs, respectively, and p0, p90
and pBuJ as probabilities that a screw is positioned in
α = 0°, 90° and BuJs, respectively, with ∑pi = 1.
To account for the variety of different CLT layups which
are currently on the market, three- and five-layer wall
elements of four leading European CLT producers
featuring lamellas of standard thickness are investigated,
see Table 3. Based on these layups the following results
are found: for a considerable number of five-layer CLT
elements and in cases where screws are positioned
parallel to the top layers, positioning of screws is
possible only in areas with or dedicated to α = 0°. For a
considerable number of three-layer CLT elements and in
cases where screws are positioned perpendicular to the
top layers, positioning of screws is possible only in areas
with or dedicated to α = 0°.
Table 3: Investigated CLT layups (status: summer 2015)

producer

P1, P2, P3
P1
P2
P1, P3
P1, P4
P1, P3, P4
P1, P2, P3
P1, P3
P2
P1, P2
P2
P1, P2
P4
P2
P2, P3, P4

tCLT layer
[mm] no.
60
3
80
3
80
3
90
3
100
3
120
3
100
5
120
5
120
5
140
5
140
5
160
5
180
5
180
5
200
5

20
30
20
30
30
40
20
30
20
40
20
40
30
40
40

layer thicknesses
(top to bottom) [mm]
20
20
–
20
30
–
40
20
–
30
30
–
40
30
–
40
40
–
20
20
20
20
20
20
30
20
30
20
20
20
40
20
40
20
40
20
40
40
40
30
40
30
40
40
40

–
–
–
–
–
–
20
30
20
40
20
40
30
40
40

For the ease of use it is proposed to regulate the
influence of gaps in a more general way, relevant and
manageable for all investigated CLT layups. Thus, for
single screws positioned in the narrow face, in-line with
gaps and parallel to the side face, for simplification only
α = 0° is taken into account. The probability that such a
screw is positioned in a gap, i.e. in a BuJ, is dependent
on the lamella width wℓ, the nominal screw diameter d
and the gap width wgap. Treating these parameters
deterministic (according to the bandwidths listed before),
the probabilities for positioning screws in BuJs vary
between 10 to 21 % for wℓ = 80 mm, and between 3 to
7 % for wℓ = 240 mm. The highest probabilities
correspond to settings with small lamellas but high
values for d and wgap. Current technical approvals for
CLT give only upper limits for allowed gap widths
separately for top and cross layers, of wgap = 2 to 4 and
6 mm, respectively. Looking at state-of-the-art CLT it is
obvious that the distribution of wgap is highly rightskewed. Furthermore, latest CLT press technology aims
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on reducing the widths of gaps further also in the core
layers. Back to the ease of use and meanwhile on a
conservative basis, we stick to the worst scenario and
apply a deterministic probability value for positioning
screws in BuJs with 25 %. Following this, Eq. (6)
simplifies to
f X,CLT-NF  x  x   0.75 f X,0  x   0.25 f X,BuJ  x 

(7)

Based on Eq. (7), CV[Fmax] = 13 % and CV[kser] = 16 %,
and in reference to the withdrawal properties of single
screws at α = 0°, on average 86.4 % of Fmax,0,mean and
kser,0,mean as well as 89.0 % of the 5 %-quantile Fmax,0,05
remain, considering the worst scenario with d = 8 mm
and wgap = 6 mm. These numbers were taken into
account as kgap in the proposal for the withdrawal
properties in [15]. Following this and investigations on
the relative residual lateral surface of screws positioned
centrically in BuJs (see Figure 12), with increasing
thread-grain angle a diminishing influence of gaps is
found which appears negligible for α ≥ 45°.
100%
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Figure 12: Relative residual lateral surface of screws
positioned parallel to the side face and centrically in BuJs vs. α
at lef = 15 d and depending on d and wgap

These numbers base on conservative and simplified
scenarios but allow for an ease of use in designing selftapping screws positioned in the narrow face of CLT. In
principle the same approach can be applied for screws
positioned in the side face where gaps again play an
important issue, here in particular at α = 90°.
However, because of lack of knowledge in respect to
duration of load (DOL) and uncertainties of screws at
α = 0° failing in withdrawal in combination with the loss
of resistance and stiffness, positioning of groups of
screws at α ≥ (30) 45° is proposed. This enables utilising
(nearly) the maximum withdrawal capacity in axiallyloaded groups of screws in the narrow face of CLT.

4 SUMMARY AND CONCLUSIONS
We investigated groups of self-tapping screws positioned
in the narrow face of CLT and failing in withdrawal, by
extending a multi-variate stochastic approach originally
developed for single screws; see [7]. For the groups of
screws an ideal parallel system with global load-sharing
after partial failures was assumed. The model outcomes
for Fmax and kser were successfully verified with tests in
[5]; remaining differences, in particular in kser and for

groups of screws featuring different α, were discussed
and reasons identified. The decreasing variability with
increasing N in Fmax and kser was explained. SM was
identified as a simple but powerful approach for
predicting withdrawal properties; its constraints were
stated. The necessity for a mechanical model together
with the stochastic description, for taking into account
different stress distributions along the effective thread of
screws within groups with potential influence on the
group action, is outlined.
One big advantage of the presented stochastic
approaches is that the whole distribution of withdrawal
properties of groups of screws can be generated and
statistics reliably calculated. Another advantage is the
possibility studying easily potential influencing random
parameters on withdrawal properties. This was
exemplarily demonstrated for the delayed stiffening and
the occurrence of knots. Consideration of delayed
stiffening does not influence Fmax but causes a
remarkable decrease in kser. In contrast, groups
comprising screws penetrating knots feature overall
higher values of Fmax and kser.
Apart from these studies, to account for the probability
that a screw is randomly positioned in a gap and the
consequences on Fmax and kser a further stochastic
approach was established. A simplified and practicable
design proposal is made in [15].
Based on the presented findings some suggestions with
relevance for the development of CLT system
connectors and for practical applications are made:
 consideration of minimum spacing according to
Table 1 is proposed; see [6]
 screws should be positioned inclined; parallel to
CLT’s side face with α = (30) 45° and, if
possible, perpendicular to CLT’s side face with
α ≥ (5) 10°; this to secure a maximal resistance,
high stiffness together with a negligible
influence from gaps (kgap = 1.0); otherwise
screws with nominal diameter d ≥ 8 mm should
be used to be significantly larger than the
common maximal allowed wgap ≤ 6 mm
 for the characteristic withdrawal resistance of
groups of screws in the design Nef = 0.9 N is
proposed although most of the outcomes would
even allow Nef > N, see also [6]; reasons are the
uncertainty in practical applications in respect
to shortcomings during assembling and still
open questions of practical relevance.
Further research questions envisaged for upcoming
projects:
 extension of the stochastic approach by an
analytical mechanical approach to be able to
consider different stress states of screws within
groups
 examinations on minimum spacing required for
kser and comparison to minimum spacing for
Fmax; this for further quantification of the
decrease in kser with increasing N
 investigations on the remaining stresses in
screws and surrounding timber after a torque
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was applied and clarification of its impact on
the design of screwed joints which are primary
axially-loaded
screws in groups positioned in the narrow face
comprise screws screwed-in in the same or in
different lamellas; differentiation in variability
of withdrawal properties between and within
timber members, for example by a two-level
hierarchical model together with equi(uniform) correlation, is envisaged.
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STIFFNESS OF DOWELLED STEEL-TO-TIMBER JOINTS
Bo-Han Xu1, Dong-Wei Yuan1, Abdelhamid Bouchaïr2, Patrick Racher2
ABSTRACT: The mechanical behaviour of timber structures is significantly influenced by the stiffness, load-carrying
capacity and ductility of the joints. This study is focused on the stiffness of dowelled steel-to-timber joints, which were
subjected to tensile loadings at different orientations with regard to the grain direction (0, 30, 45, 60 and 90). The
values of the joint stiffness in service obtained from the tests were compared with predictive values from current design
codes (Eurocode 5 and NDS). The current design codes showed their weak predictive ability. Besides timber density
and fastener diameter, as well as clearance and friction between the joint members, orientation of load with respect to
timber grain and dowel slenderness ratio are also the important factors that affect the stiffness of a joint. An empirical
expression of stiffness for steel-to-timber joints with single dowel was proposed on the basis of the formula in Eurocode
5 and the Hankinson-type formula using non-linear fitting of the experiment results.

KEYWORDS: Steel-to-timber joints; Dowels; Stiffness; Grain direction;

1 INTRODUCTION 123
Because of some actual architectural trends and
structural requirements, steel plates are commonly used
to connect timber structural members with dowel-type
fasteners to guarantee a proper transfer of forces from
one structural member to another, which could be
inserted within the timber member or could be installed
between two timber members. These joints are known as
steel-to-timber joints. The load-carrying capacity of
dowelled joints has been paid much attention in the
connection design [1-5]. In fact, the joint stiffness is an
important characteristic of joint behaviour in addition to
the strength, which determines the force distribution in
the structures.
In particular, the rotational stiffness of beam-to-column
connections may have a significant influence on the
moment distribution of the beam. In dowelled steel-totimber moment-resisting connections, each fastener load
depends on the stiffness in the direction of the load [6].
However, the effect of angle to grain on stiffness also
called slip modulus is not considered explicitly in current
1
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codes. In addition, the stiffness can be also related to
dowel slenderness ratio [7].
In European code [8], for joints made with dowel-type
fasteners, the slip modulus Kser per shear plane per
fastener under load should be taken as a combination of
wood density r and dowel diameter d:

Kser = 2rm1.5d / 23 (N/mm)

(1)

In American code [9], the slip modulus for dowel-type
fasteners in steel-to-timber connections is only relative
to timber density d as follows:

Kser = 369d 1.5 (N/mm)

(2)

In order to check the predictive ability of the current
codes and develop an empirical expression considering
the main influence factors such as timber density and
fastener diameter, as well as orientation of load with
respect to timber grain and dowel slenderness ratio, an
experimental investigation on steel-to-timber joints with
a single dowel was carried out, under tensile loading at
different orientations with regard to the grain direction.
Tests were conducted on joints with different diameter
dowel and different dowel slenderness ratio. The joint
stiffness in service was reported. The main influence
factors on the joint stiffness were quantitatively
determined. An empirical expression of joint stiffness
was proposed by experimental data fitting.
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2 EXPERIMENTAL PROGRAM
2.1 SPECIMENS
Five series of steel-to-timber joints were tested.
Specimen consists of two lateral glulam members
connected with a main steel plate (600 × 160 × 12mm)
using 12mm, 16mm or 20mm dowel. For the specimens
with a single 16mm dowel, three different timber
thicknesses were adopted in order to obtain different
failure modes, which correspond to dowel slenderness
ratio (t/d) equal to 1.5, 4 and 8. For the specimens with a
single 12mm or 20mm dowel, timber thickness
corresponds to slenderness ratio equal to 4.

The minimum requirements of specimens for spacing,
end distance and edge distance according to the design
rules of EN 1995-1-1 [8], are met to avoid the brittle
failure. Figure 1 shows the geometric details of
specimens.

(a)

Each experimental series consists of five sub-groups,
each sub-group of three replicates were loaded in tension
with regard to the grain direction corresponding to 0,
30, 45, 60 and 90, respectively. The overview of test
series are summarized in Table 1, in which the sub-group
named “d16-4d-0” denotes the specimens with 16mm
dowel and timber thickness equal to 4d loaded in the
direction parallel to grain.
Table 1. Overview of test series

Series

1

2

3

4

5

Sub-group
d12-4d-0
d12-4d-30
d12-4d-45
d12-4d-60
d12-4d-90
d16-1.5d-0
d16-1.5d-30
d16-1.5d-45
d16-1.5d-60
d16-1.5d-90
d16-4d-0
d16-4d-30
d16-4d-45
d16-4d-60
d16-4d-90
d16-8d-0
d16-8d-30
d16-8d-45
d16-8d-60
d16-8d-90
d20-4d-0
d20-4d-30
d20-4d-45
d20-4d-60
d20-4d-90

d
(mm)

(b)
t/d

12

4

16

1.5

16

4

16

8

20

4

α
0
30
45
60
90
0
30
45
60
90
0
30
45
60
90
0
30
45
60
90
0
30
45
60
90

rm

(kg/m3)
524
497
505
506
505
496
519
524
509
541
503
507
525
510
527
535
500
551
584
577
517
499
517
546
545

Figure 1: Geometric details of specimens under loading: (a) in
the direction parallel to grain; (b) inclined with regard to the
grain direction

2.2 TEST SET-UP AND PROCEDURE
The test set-up is shown in Figure 2. The load was
applied on the steel plate and the slip between the steel
plate and the timber member was measured using two
LVDT displacement transducers. The experiments were
conducted in accordance with the European Norm EN
26891 [10]. Firstly, the joints were loaded up to 40% of
the estimated maximum load (Fest) and maintained for
30s. Then the load was reduced to 0.1Fest and maintained
for 30s again. Finally, specimens were reloaded until
failure. The tests were stopped when the ultimate load
was reached (failure), or when the slip was 15mm.
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Three types of joint stiffness can be determined from
load-slip response (Figure 3), such as initial stiffness (Ki),
elastic stiffness (Ke), and stiffness in service (Ks). Initial
stiffness Ki can be determined from a linear regression of
the load-slip curve after any initial slip and 40% of the
estimated maximum load (Fest). The initial stiffness of
the joint, representing “bedding-in” following joint
fabrication, is 60-70% of the elastic stiffness Ke [11],
which is determined from a linear regression during the
unloading-reloading stage from 0.1Fest to 0.4Fest. And
joint stiffness in service Ks is determined from a linear
regression of the load-slip curve between 0.1 Fest and
0.4Fest in first loading.

i =  04
(a)

e =

2
(14 +24  11  21 )
3

(3)
(4)

 mod =

4
(04  01 )
3

(5)

Kser =

3 0.4Fest
4 (0.4  0.1 )

(6)

Figure 3: Determination of slip modulus in load-slip curve
according to EN 26891[10]

During tests, if the maximum load measured Fmax
deviates more than 20% from Fest, then, Fest should be
adjusted correspondingly for subsequent tests. The
values of maximum load may be adopted to determine
the slip modulus. Depending on the values assumed Fest,
the slip modulus may be higher and lower.

(b)
Figure 2: Test set-up of steel-to-timber joints loaded in tension:
(a) parallel to grain; (b) inclined with regard to the grain
direction
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3 EXPERIMENTAL RESULTS
In the following, experimental results are presented. In
particular, the influences of the varied parameters on the
stiffness are discussed, such as timber density, dowel
diameter, dowel slenderness ratio and load direction. The
specimens with a single dowel of 16mm diameter loaded
in the direction parallel to grain serve as reference. Their
load-slip curves and failure modes for loading parallel to
grain were shown in Figures 4-5.

Fig. 4. Load-slip curves of joints with 16mm diameter dowel
loaded in the direction parallel to grain: (a) t/d=1.5; (b) t/d=4;
(c) t/d=8

F

(a)

(b)
g

(a)
F

(c)
Fig. 5. Failure modes of joints with 16mm diameter dowel
loaded in the direction parallel to grain: (a) t/d=1.5; (b) t/d=4;
(c) t/d=8

3.1 INFLUENCE OF DENSITY

(b)

g

F

The density of specimens varies considerably, between a
maximum density of 616 kg/m3 and a minimum density
of 421 kg/m3, the average value of density rm is 514
kg/m3. In order to normalize the following comparison,
only the series with timber thickness equal to 4d were
considered and the effect of diameter was eliminated by
using Equation (7), in which d16 is equal to 16mm.
Figure 6 shows the normalized stiffness of joints K ser
versus density.

Kser = Kser d16 / d

g

(c)

(7)
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3.3 INFLUENCE OF DOWEL SLENDERNESS
RATIO
The normalized stiffnesses K ser of joints with different
dowel slenderness ratio (t/d) were compared as shown in
Figure 8. As the loading is applied in the direction
parallel to grain, the stiffness is slightly higher in joints
with greater dowel slenderness ratio. However, when the
loading is applied with angle to grain, the stiffness of
joints decreases with the increase of dowel slenderness
ratio.

K ser
°
°
°
°
°

°
°

r

°
°

Figure 6: Influence of density on stiffness of joints

Except for the stiffness of specimens loaded in tension
with 60 to grain, the stiffness of joints increases with
increasing density, as expected. The exception could be
because timber is inhomogeneous material and the
properties themselves scatter within the material. In
addition, the fabrication tolerances is another issue,
particularly the hole clearance influences the stiffness of
joints [12-13]. Though the scattering of the stiffness is
high, on the whole, the stiffness is related to the density
of the used timber member.
3.2 INFLUENCE OF DIAMETER
Diameter is also an important factor in stiffness of joint.
Likewise, only the series with timber thickness equal to
4d were considered, and the effect of density was
eliminated by using Equation (8). Figure 7 shows the
normalized stiffness of joints K ser versus diameter. The
stiffness is also related to the diameter of the dowel, and
joints with larger diameter dowel shows higher stiffness.

Kser = Kser rm / r

(8)

K ser
°
°
°
°
°

d

Figure 7: Influence of diameter on stiffness of joints

°

K ser

t/d

Figure 8: Influence of dowel slenderness ratio on stiffness of
joints

3.4 INFLUENCE OF LOAD DIRECTION
The effect of load direction on the stiffness is shown in
Figure 9, which demonstrates the trendlines of average
stiffness for five series of tested joints. The load
direction has an obvious effect on joint stiffness. For the
dowel slenderness ratios equal to 1.5 and 4, the joints
under loading applied with angle of 30 from the
longitudinal direction show higher stiffness than those
loaded in the direction parallel to grain. However, as the
dowel slenderness ratio is equal to 8, the stiffness of
joints under loading applied with angle of 30 from the
longitudinal direction is almost the same as those loaded
in the direction parallel to grain. The stiffness of joints
decreases with the increase of loading angle to grain
ranging from 30 to 60. For the range between 60 and
90, the load direction has no obvious effect on stiffness.
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re i te Kser /

eas re

Kser

Kser

Figure 10: Comparison of measured and predicted stiffness of
joints loaded in tension parallel to grain

°
°
°

α 

°

Figure 9: Effect of the load direction on stiffness
eas re Kser

4 DISCUSSION
4.1 ANALYTICAL PREDICTION
Table 2 shows the average experimental stiffness of
joints loaded in the direction parallel to grain and
predictive values from EC5 and NDS. Figure 10 shows
the experimental stiffness of each specimen and
predictive values given by the two design codes
considered. The current American design code shows its
weak predictive ability, which often overestimates the
stiffness of steel-to-timber joints. Though sometimes
EC5 underestimates the stiffness of steel-to-timber joints,
its prediction accuracy of stiffness is acceptable in the
direction parallel to grain.
Table 2: Comparison between experimental stiffness and those
obtained from current design codes

t/d
4
1.5
4
8
4

rm

(kg/m3)
524
496
503
535
517

Test
(kN/mm)
31.02
34.42
34.38
40.80
49.71

re i te Kser

d
(mm)
12
16
16
16
20

eas re Kser

EC5
(kN/mm)
25.02
30.70
31.43
34.47
40.85

NDS
(kN/mm)
30.68
47.23
47.23
47.23
66.01

Figure 11: Comparison of measured and predicted stiffness of
joints loaded in tension with angle to grain by EC5

However, the predictions by EC5 overestimate or
underestimate the stiffness of joints loaded in tension
with angle to grain. Figure 11 shows a significant scatter
with experimental results. This can be explained by the
fact that the effect of dowel slenderness ratio and load
direction is not taken into account in current deign codes.
Using non-linear fitting of the experiment results, an
empirical expression of stiffness for joint with single
dowel was proposed as Equation (9), which is based on
the stiffness formula proposed by Eurocode 5 and the
Hankinson-type formula.

Kα =

4 1.5
r d
23

t
1.2( )0.14 sin 3 α + cos3 α
d

(9)

Table 3 summarizes the average experimental stiffness
and the predicted values from proposed empirical
expression. Figure 12 shows the experimental stiffness
of each specimen and predicted values. Except for
loading at 30 to grain, the presented empirical
expression of stiffness provides the reasonable prediction.
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Table 3: Comparison between experimental slip moduli and
those obtained from proposed empirical expression

d
(mm)

t/d

12

4

16

1.5

16

4

16

8

20

4

α
()
0
30
45
60
90
0
30
45
60
90
0
30
45
60
90
0
30
45
60
90
0
30
45
60
90

Test
(kN/mm)
31.02
43.48
21.89
18.40
12.87
34.42
64.50
33.51
21.11
24.53
34.38
73.63
36.09
30.48
29.02
40.80
36.38
27.72
19.79
19.05
49.71
60.42
33.86
26.23
35.10

COV
(%)
18
39
15
7
10
7
39
18
27
20
4
26
2
12
10
2
2
21
35
40
16
31
10
10
24

Eq.9
(kN/mm)
25.03
27.83
27.23
22.15
16.25
30.60
41.84
41.53
33.62
27.63
31.43
38.21
38.57
29.97
23.09
34.47
36.59
39.08
33.66
24.05
40.85
46.65
47.05
41.41
30.42

Test/
Eq.9
1.24
1.56
0.80
0.83
0.79
1.12
1.54
0.81
0.63
0.89
1.09
1.93
0.94
1.02
1.26
1.18
0.99
0.71
0.59
0.79
1.22
1.30
0.72
0.63
1.15

°
°
°

re i te Kser

°
°

eas re Kser

Figure 12: Comparison of measured and predicted stiffness of
joints loaded in tension with angle to grain

5 CONCLUSIONS
The joint stiffness is an important characteristic of joint
in addition to the load-carrying capacity and ductility.
The current design codes showed their weak predictive
ability. This paper presents experimental results on steelto-timber joints with a single dowel under tensile loading
at different orientations with regard to the grain direction.
The influence factors of the joint stiffness were
quantitatively determined.
An empirical expression of joint stiffness was proposed
by experimental data fitting, which incorporates these
important factors that affect the stiffness of a joint, such
as timber density and fastener diameter, as well as
orientation of load with respect to timber grain and
dowel slenderness ratio. The stiffness formula shows
promising predictive ability.
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ABSTRACT:
The strength of connections typically governs the cross-sectional size of structural timber members. This is particularly
true when multiple slotted-in plates and dowels are used. In such a case, in fact, the larger the number of slotted-in plates
– which practically means “the wider the cross section” – the higher the capacity per dowel will be. However, in the case
of several slotted-in plates, due to inevitable fabrication tolerances the plates of the connection could be unevenly
loaded. It is very important, therefore, to choose a layout of the connection that allows for a ductile behaviour and thus
for a possible load redistribution among the dowels and ultimately contribute to the overall robustness of the structure.
The present paper deals with the results of an investigation conducted on dowel-type connections with multiple slottedin steel plates. A large set of laboratory tests were carried out at the Division of Structural Engineering, Lund University,
Sweden. The tests were conducted by varying two different parameters, i.e. the number of slotted-in steel plates and the
thickness of the timber elements. The objectives were 1) to assess the influence of these parameters on the performance
of the timber joints in terms of load-bearing capacity, stiffness, and ductility; and 2) to provide design guidance in order
to prevent premature (brittle) failure of the connection.
KEYWORDS: dowelled connection, multiple shear connection, timber, plastic hinges, slotted-in-plates, probability of
failure

1 INTRODUCTION 123
1.1 Ba

round

In heavy timber structures, e.g. trusses, arches, etc.,
connections between members are often demanded to
transmit large loads. There are few connection types that
are suitable for transmitting large forces from one member
to another. Timber connections with multiple slotted-in
steel plates and dowels are well suited for such a purpose,
especially when the forces are in tension. Multiple slottedin plate connections consist of a) two or more steel plates –
inserted into slots which are pre-cut in the timber – and b)
a number of steel dowels – inserted into pre-drilled holes
in the direction perpendicular to the plane of the plates.
Generally speaking, increasing the number of the slotted-in
plates leads to an increase of the load-carrying capacity of
the connection. This is primarily due to the fact that – for a
given external load – the bending moment in the dowels
1
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decreases because the steel plates give shorter dowelsspans compared to a similar connection with lower number
of slotted-in plates. Although the multiple slotted-in plate
connection is widely used in practice – especially in
heavily loaded timber members – appropriate rules for its
design are still missing in most building codes.
The main objective of this research work is to gain a better
understanding on the behaviour of multiple shear steel-totimber connections in terms of strength, stiffness, ductility,
and failure modes.
A number of timber structure collapses have occurred
during the past years mainly due to lack of understanding
concerning the behaviour of multiple slotted-in plate
connections. In this context, two major examples of severe
failures can be mentioned: the collapse of two trusses of a
sport arena in Denmark (the Siemens Arena in 2001, see
[1] and [2]) and the collapse of a truss bridge for road
traffic in Norway (the Perkolo bridge in 2016, see [3]).
A model for proper estimation of the strength of multiple
slotted-in-plate connections is thus crucial for a correct and
reliable design of timber structures. The design model
should be such that brittle failure modes are prevented.
This could be achieved for instance by promoting the
failure of the steel dowel before failure in the timber parts
occur. Generally speaking, failure of the steel dowel has
always a ductile character and it involves the formation of
a number of plastic hinges. The formation of plastic hinges
in the dowel can be promoted by choosing adequate
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thickness of the timber parts (both between and outside the
slotted-in plates) in relation to the diameter of the dowel,
its yield strength and the embedment strength of the
timber. By avoiding possible brittle failure modes of the
connection, a simpler design method can be developed,
which also allows for a more predictable estimation of the
load-carrying capacity.
1.2 Stat o th art
The shear strength of dowel-type timber connections with
one or two shear planes and subjected to lateral force can
be determined e.g. by means of the design
recommendations given in EN 1995-1-1 [4]. However, if
the number of shear planes exceeds two, e.g. in the case of
a timber connection with multiple slotted-in steel plates,
EN 1995-1-1 [4] does not give clear design specifications.
Dorn [5] tested dowel-type joints with one slotted-in steel
plate, studying effect of density, slenderness, friction, end
and edge distances and lateral reinforcement and compared
test values with calculations according to EN 1995-1-1 [4].
The authors point out the deficiencies of the stiffness
estimation in EN 1995-1-1 [4], which is not influenced by
timber member width, and thus overestimates the stiffness
for narrow connections and underestimates the stiffness for
wide connections. Furthermore, the nonlinearity of
subsequent loading and unloading observed in testing is
not reflected in the code. Design strength values according
to EN 1995-1-1 [4] correlated well for intermediate
thickness, but were partially higher than the corresponding
test strength values for slender and wide connections.
Increased dowel roughness (increased friction) as well as
lateral reinforcement increased the strength and ductility of
the connections.
Blass and Schädle [6] reported on ductility of dowelled
joints with slotted-in steel plates, with and without
reinforcement by self-drilling screws. Ductility defined as
the ratio between ultimate and yield displacement was in
average 1.6 for non-reinforced and 5.3 for reinforced
specimens. The reinforcement thus leads to more ductile
joints, whereas the load-bearing capacity only increases
marginally (17% increase).
Pedersen [7] studied amongst other things the use of fibre
reinforced plastic, FRP, as alternative material for dowels
as and slotted-in plates. Connections made with FRP
dowels exhibit plastic behaviour at a load which is
independent of the wood member thickness, thus resulting
in more ductile joints compared to steel dowels.
Despite all research on the topic of dowel-type timber
joints, there are still many open questions regarding the
real behaviour of joints with multiple-slotted-in steel
plates, their ductility and strength.
1.3 Cont nt o th

a

r

The paper presents the results of a large testing programme
conducted on dowel-type connections with multiple
slotted-in steel plates. Thirteen different configurations of

dowelled connections were tested at the Division of
Structural Engineering, Lund University- Sweden.
All the connections were made of a single dowel of 12 mm
in diameter and 8 mm thick steel-plates. The specimens
were chosen representing materials and dimensions
typically used in timber engineering practice.
The tests were conducted by varying two main parameters,
namely the number of slotted-in steel plates and the
thickness of the timber elements. The main objectives
were: a) to assess the influence of these parameters on the
behaviour of the timber joints in terms of load-bearing
capacity, stiffness and ductility, b) to check the validity of
existing design method such as EN 1995 [4] and Pedersen
[7]. The test results reveal a significant influence of the
studied parameters on the behaviour of the multiple
slotted-in-plate connection. For instance, a larger number
of slotted-in plates leads in general to a greater loadcarrying capacity of the connection. However, this is not a
universal rule. In fact, for a given thickness of the timber
member, if the number of the slotted-in plates is too large,
premature brittle failure of the connection is likely to
occur.
The test results also provide extensive data which could be
used in order to calibrate both numerical models and
probabilistic resistance models for timber design.

2 MATERIALS AND METHODS
2.1 T st s ri s
The experimental investigation comprised tests on thirteen
connection types grouped into 3 different groups, namely
T1, T2 and T3, see Figure 1. Each group consisted of a
number of test series, more precisely:
-

2 test series for group T1
9 test series for group T2
2 test series for group T3

Each series comprised 5 repetitions, meaning that i 65 tests
were performed in total. The geometric properties of the
samples are shown in Table 1.
Table 1: Specimens group and geometric properties

Group

Connection

Rep.

text

tint

(-)
T1
T1
T2
T2
T2
T2
T2
T2

(-)
T1.1 - 45.45
T1.2 - 67.67
T2.1 - 22.45
T2.2 - 22.90
T2.3 - 22.135
T2.4 - 45.45
T2.5 - 45.90
T2.6 - 45.135

(#)
5
5
5
5
5
5
5
5

(mm)
45
67
22
22
22
45
45
45

(mm)
45
90
135
45
90
135

shear
planes
(#)
2
2
4
4
4
4
4
4
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T2
T2
T2
T3
T3

T2.7 - 90.45
T2.8 - 90.90
T2.9 - 90.135
T3.1 - 45.90
T3.2 - 45.135

5
5
5
5
5

90
90
90
45
45

45
90
135
90
135

4
4
4
6
6

In addition to the tests on connections, 10 bending tests
and 5 tensile tests were also performed on the dowels for
the mechanical characterization of the material.

Figure 2

amples imensions

The thickness of the timber parts and the number of
slotted-in steel plates used for the different test series are
shown Figure 2, Figure 7, Figure 8 and Figure 9.
2.3 T st s t u and roto ols
The tests were performed with a MTS universal testing
machine equipped with a 500 kN hydraulic jack. The test
setup is shown in Figure 3.
Figure 1: he three i erent groups o connections

2.2 Mat rials and r

aration o th s

im ns

The timber material was Norway spruce (Picea Abies) of
grade C24 that complies with EN 338 [8]. The length of all
specimens was 670 mm and they were cut out from 3.60 m
long boards.
The boards had three different cross-sections: 22×145
mm2, 45×170 mm2 and 45×195 mm2. When needed, two or
more boards were glued together in order to obtain
connections with the desired thickness of the timber parts.
The steel grade of the plates used for the tests was S355.
The plates were cut out from standard rough and not
coated flat bars with 8 mm in thickness and 120 mm in
width.
The dowels had a diameter of 12 mm and they were cut out
from a standard round bar with three different lengths,
namely 220 mm, 360 mm and 420 mm. The steel grade of
the dowels was S355.

Figure 3: est set-up

In order to avoid bending moments due to possible load
eccentricity, the test apparatus was equipped with two
large pins, one at each end. The pins behave approximately
like perfect hinges, inducing therefore pure axial force in
the specimen.
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The tests were carried out in accordance with EN 26891
[9]. The total force applied during testing was acquired by
the load cell incorporated in the testing machine whereas
the slip of the connections was recorded by means of two
linear variable displacement transducers (LVDTs).
For the material characterization of the dowel, both tension
and bending tests were performed, the former in
accordance with EN ISO 6892-1 [10] and the latter in
accordance with EN 409 [11].

3 RESULTS
3.1 Moistur

ont nt

The moisture content (MC) was measured in all specimens
in order to check possible variations of it within the
sample, which could have affected the test results.
The MC was determined by means of two different
procedures, namely:
A. taking moisture readings at each timber part of the
connection by means of a 2-pin moisture meter
and
B. by oven-dry method of small timber specimens
(dimension: 100 mm by 100 mm) cut out from
each tested boards.
The mean values of the MC obtained by means of
procedure A and A, along with their coefficient of
variation (CoV) are shown in Table 2. In total 930 readings
and 62 readings were taken for procedures A and B,
respectively.
Table 2: Mean values and CoV of the moisture content

Procedure
A
B

MC mean
(%)
10.4
13.5

Figure 4: ailure mo es o ser e in the teste connections

3.4 B ndin and t nsil t sts on th do

ls

The results of the four-point bending tests (10 repetitions)
and of the tensile test (5 repetitions) on the dowels are
shown in Table 3 and Figure 5.

MC CoV
(-)
0.114
0.119

3.2 D nsity
In order to evaluate the lower 5-percentile and the mean
value of the density a log-normal cumulative probability
distribution function was used. The density values were
determined for each timber pieces used for the preparation
of the specimens. The measured mean ρm and the
characteristic ρk density values were 466 kg/m3 and 397
kg/m3 respectively.
3.3 Failur mod s
Eight different failure modes were observed in the tested
connection, see Figure 4. In connection groups T1 and T3
only one failure mode for each group was observed,
whereas for group T2, six different failure modes were
observed.

Figure 5: oa - isplacement cur es or the en ing tests le t
an or the tension test right
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Table 3: Relevant characteristic and mean values obtained from
bending and tensile tests on the dowels

Char.
Mean
3.

Bending Tests
Yield
Yield
Force
Moment
[kN]
[Nmm]
2.77
131696
2.95
140323

Tensile Tests
Yield
Yield
Force
Strength
[kN]
[MPa]
44.59
394.3
48.09
425.2

Str n th, sti n ss and du tility o th

onn tions

The force-displacement curves are shown in Figure 7 to
Figure 9. Each curve represents the average values of five
repetitions performed on nominally identical specimens.
For a better interpretation of the test results the curves are
grouped into five different charts.
The fundamental properties of the connection behaviour
are defined in accordance with Figure 6, which is
reproduced after EN 12512 [12]. The elastic stiffness is
defined as the slope of the line crossing the curve in the
two points corresponding to the 10% and 40% of the
maximum force respectively.

Figure 7: orce-slip cur es or connections

an

Figure 8: orce-slip cur es or connections

to

Figure 6: trength, sti ness an ultimate loa as e ine
accor ing to

The load-carrying capacity is defined as the maximum
force achieved during loading ma , whereas the yield force
y is defined as the intersection point between the two lines
with slope  and  respectively, see Figure 6. The ultimate
load is defined either as: 1) the force corresponding to the
failure of the connection (cur e a), or 2) the 80% of ma
(cur e ) or 3) the force corresponding to a slip of 30 mm
(cur e c). The ductility is defined as the ratio between the
ultimate displacement and the yielding displacement
μ= u/ y, see Figure 6.
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Figure 9: orce-slip cur es or connections

an

Figure 11: o -charts o the different connections’ sti ness

The strength, the stiffness and the ductility of the tested
connections along with their variations are shown in the
form of box-charts illustrated in Figure 10, Figure 11, and
Figure 12, respectively. The min, mid and max values are
highlighted by a black-tick line, whereas the mean value is
marked with a cross. The grey band encloses the 25th and
75th percentiles.

Figure 12: o -charts of the different connections’ ductility

4 DISCUSSION OF THE RESULTS
Figure 10: o -charts o the different connections’ strength

4.1 Moistur

ont nt

The discrepancy in moisture contents measured according
to procedure A – i.e. by means of a 2-pin moisture meter –
and according to procedure B – i.e. by means of a weight
loss measurement – was rather significant. The mean
values of the moisture contents were MC= 10.4% and
MC= 13.5% for procedure A and B respectively. The
reason of such a discrepancy is due to the fact that the
moisture meter only depicts MC close to the surface of the
timber specimens, which – in a dry external environment –
is typically lower than the MC at the specimen’s middepth. However, the important parameter in this context is
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not the discrepancy between MCs depicted by the two
procedures, but the CoV for each procedure. The results
show very small CoV for both the procedures, indicating
that the MC was nearly the same for all the timber
members which were used to assemble the specimens. This
means that there was no significant variation of MC within
the parts of the tested connections, which could have
affected the test results.

[15] assumes that the measured values are log-normally
distributed and independent.

4.2

In the text below, an explanation of the symbols used in
Table 4 is given:

D nsity

To evaluate the characteristic and mean values of the
density, the 310 measured values were fit with a lognormal cumulative distribution, see Figure 13. The MC
conditions of the specimens during the measurements were
those described in the Section 3.1. Comparison between
measured density values and density values recommended
by EN 338 [13] show that the former are larger. For
instance, the characteristic and mean density values
recommended by EN 338 for the timber grade C24 are 350
kg/m3 and 420 kg/m3, respectively. The corresponding
density values for the test specimens were approximately
400 kg/m3 and 470 kg/m3

4.3 Str n th and sti n ss o th

onn tions

A comparison between the tests results and the predicted
load-carrying capacities is shown in Table 4. The loadcarrying capacities were determined according to:
-









EN1995-1-1 [4] for group T1 and
Pedersen [7] for the groups T2 and T3.

is the characteristic value of the load-carrying
capacity obtained by means of laboratory tests
(using EN 14358 [15]);
R, is the characteristic value of the predicted
load-carrying capacity determined using the
characteristic values recommended by the
relevant standards (i.e. timber density of the
strength class C24 and ultimate strength of the
steel grade S355);
r is the ratio ( − R, )/ R, in percentage;
R, is characteristic value of the predicted loadcarrying capacity determined using the actual
values of both timber density and steel ultimate
strength obtained by means of laboratory tests and
described in Sections 3.2 and 3.4;
ri is the ratio ( − R, )/ R, in percentage.

Table 4: Measured and calculated values of the connection loadcarrying capacity

Figure 13: og- ormal pro a ility istri ution unction an
cumulati e istri ution o the ensity

This result is not surprising, since it is known that for a
given timber strength class the actual density is typically
greater than the density suggested by the standard for
strength calculations. It is worth mentioning that a possible
erroneous assumption concerning the density value may
lead to a wrong prediction of both failure mode and loadcarrying capacity.
The measured density values showed a CoV of 0.099,
which is consistent with that suggested by the JCSS
Probabilistic Model Code [14]. The characteristic density
value was also determined according to EN 14358 [15],
obtaining the same value as that determined according to
Figure 13. This result is reasonable, because the EN 14358

Test
(-)
T1.1 - 45.45
T1.2 - 67.67
T2.1 - 22.45
T2.2 - 22.90
T2.3 - 22.135
T2.4 - 45.45
T2.5 - 45.90
T2.6 - 45.135
T2.7 - 90.45
T2.8 - 90.90
T2.9 - 90.135
T3.1 - 45.90
T3.2 - 45.135

Failure
(-)
1
1
2F
2E
2E
2D
2C
2C
2B
2A
2A
3
3

(kN)
24.3
31.0
30.7
40.3
40.5
49.0
47.1
52.2
44.9
56.9
76.4
94.1
95.7

R,

(mm)
17.0
20.8
27.0
33.7
33.7
30.7
38.8
38.8
39.3
43.6
43.6
60.6
60.6

r,
(%)
43
49
14
19
20
60
22
35
14
30
75
55
58

R,

(mm)
20.4
24.4
31.4
40.2
40.2
36.6
48.0
48.0
46.2
46.2
54.5
75.5
75.2

r,i
(%)
19
27
-2
0
1
34
-2
9
-3
23
40
25
27

Table 4 shows that for the studied connections there is a
rather substantial discrepancy between test results values
and corresponding predicted values of load-carrying
capacity. Luckily, the predicted strength values are always
lower than those observed during testing, indicating that
the calculation models are conservative. The largest
discrepancies in results (between 14 and 75%) are
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observed when the timber density values and the steel
strength values suggested by the standards are used for the
prediction of the load-carrying capacity. Meaningfully
better agreement between results is observed when the
actual values for both timber density and steel strength are
used for the prediction model. In this case the discrepancy
between test results and prediction is between 0 and 40%.
One reason why calculation models for multiple slotted-in
plate connections give underestimated strength values
could be related to the fact that these models do not take
into consideration the “rope effect” of the dowel. The
calculation models, in fact, assume that smooth connectors
cannot develop the rope effect. However, in the particular
situation of a connection with two or more slotted-inplates, bending of the dowel at the location of the slottedin-plates “locks” the dowel at its supports and thus
restrains possible horizontal translations. The dowel, after
the bending at its support has occurred, starts behaving as a
“stress ribbon” rather than as an ordinary beam, thus
resisting load not only in bending but also in tension.
With increasing loads, plastic hinges will also form in the
“dowel-span” between two adjacent slotted-in plates.
When the deformation of the dowel grows bigger the
tension action increases and the dowel will also transmit
load between the two plastic hinges which formed in the
span. This behaviour is believed to be the reason of the
discrepancy between the test results T.2.8 and T.2.9
For given values of a) diameter and yield strength of the
dowel and b) embedment strength of the timber,
Johansen’s theory [16] predicts the formation of either
none, one or two hinges at each external timber part and
either none or four hinges at each internal timber part. For
the actual materials and geometries used in the tests, the
theoretical thickness and the corresponding number of
plastic hinges at each timber part are shown in Table 5.
Table 5: Thickness of timber parts and corresponding number of
plastic hinges in the dowel

External timber parts
No of
Thickness
plastic
[mm]
hinges
t≤ 40
0
40<t≤80
1
t>80
2

Internal timber parts
No of
Thickness
plastic
[mm]
hinges
t≤ 80
0
t>80
4
-

Note that the indications given in Table 5 are in general
not always applicable. Indeed, the formation of plastic
hinges at one timber part may be influenced by the
thickness of the timber member in the adjacent timber part.
For instance, the minimum thickness for the formation of
one plastic hinge at the external timber part is 40 mm,
according to Table 5. However, due to compatibility
reasons, one plastic hinge will always form at the external

timber part, if the internal part is thicker than 80mm. This
phenomenon is reflected for instance by test T2.1 and T2.2
(or T2.3). The former failed according to 2F mode, i.e.
with no hinge at the external parts whereas the latter failed
according to 2E mode, i.e. with the formation of one
plastic hinge at each external part.
Table 6 shows a comparison between stiffness values
obtained by test results and those obtained by using EN
1995 [4].
In the text below, an explanation of the symbols used in
Table 6 is given.






is the mean value of the stiffness determined
by means of the laboratory data;
are the predicted values of the stiffness
R,
determined using C24 timber density and
calculation model according to EN1995-1-1 [4];
r , is the ratio ( − R, )/ R, ;
R, is the predicted mean value of the stiffness
determined using the laboratory mean values for
timber density, see section 3.2;
r ,is the ratio ( − R, )/ R, ;

Table 6: Measured and calculated values of the connection
sstiffness

Test
(-)
T1.1 - 45.45
T1.2 - 67.67
T2.1 - 22.45
T2.2 - 22.90
T2.3 - 22.135
T2.4 - 45.45
T2.5 - 45.90
T2.6 - 45.135
T2.7 - 90.45
T2.8 - 90.90
T2.9 - 90.135
T3.1 - 45.90
T3.2 - 45.135

KT
)

KR,S
kN
( )

rK,S
(%)

KR,L
kN
( )

rK,L
(%)

12.11
12.65
17.60
27.66
19.24
16.65
18.76
28.15
16.47
20.98
21.43
32.11
22.71

8.98
8.98
8.98
8.98
8.98
8.98
8.98
8.98
8.98
8.98
8.98
8.98
8.98

35
41
96
208
114
85
109
213
83
134
139
257
153

10.76
10.76
10.76
10.76
10.76
10.76
10.76
10.76
10.76
10.76
10.76
10.76
10.76

13
18
64
157
79
55
74
162
53
95
99
198
111

(

kN

mm

mm

mm

According to the calculation model proposed by EC 1995
[4], slotted-in-plate connections with given dowel diameter
should have the same stiffness, regardless the number of
slotted-in plates, see Table 6. However, this model seems
to be too simplistic. In fact, as the test results show, the
stiffness of multiple slotted-in-plate connections
significantly increases with both the width and the number
of plates adopted.

CONCLUDING REMARKS
The long-term goal of this research is to develop a design
model for multiple slotted-in-plate connections, which is
based on a sound and rational mechanical background.
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The results of this investigation have shown that both
failure mode and subsequent load-carrying capacity can be
controlled by adjusting the geometry of the connection in
relation to given timber and steel materials.
The design model will provide indications concerning both
the choice of materials and the geometry to promote
ductile failure of the connection. In this way, both safety of
the connections and reliability of the model can be
improved. Moreover, controlling the failure mode – i.e. by
reducing the number of possible failure mechanisms of the
connection – a comparatively simple design model can be
achieved.
Both a design model for the Ultimate Limit State and one
for the Serviceability Limit State will be developed. The
former will include the increase of strength of the
connection due to the rope effect. The latter will take into
consideration the increase of stiffness as a function of the
timber members’ width and the number of slotted-in
plates.
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DOWELLED TIMBER CONNECTIONS WITH
INTERNAL MEMBERS OF DENSIFIED VENEER WOOD AND
FIBRE-REINFORCED POLYMER DOWELS
Pedro Palma 1, Peter Kobel 2, Alexander Minor 3, Andrea Frangi 4
ABSTRACT: The mechanical behaviour of timber-to-timber connections with internal panels of densified veneer wood
(DVW) and fibre-reinforced polymer (FRP) dowels was experimentally assessed and a design method, based on
EN 1995-1-1, was developed. Embedment tests on DVW plates and bending/shear tests on FRP dowels were performed
to characterise these components, followed by full-scale tests of connections assembled with these materials. The results
show that these connections exhibit a mechanical behaviour compatible with structural applications, regarding both
load-carrying capacity and ductility. The proposed design model is based on EN 1995-1-1’s expressions for connections
with dowel-type fasteners and gives good predictions of the experimental load-carrying capacities.
KEYWORDS: connections, dowel-type fasteners, densified veneer wood (DVW), fibre-reinforced polymers (FRP),
tests, design

1 INTRODUCTION 1234
1.1

BACKGROUND

The most common connections in contemporary timber
structures are produced with steel plates and laterally
loaded metal dowel-type fasteners. The advantages of
these connections are the ease of design, production, and
assembly, as well as their high load-carrying capacity
and ductility. However, metallic components increase
the heat transfer in the connection are and frequently
compromising the fire resistance [1]. In addition,
metallic components also restrict the use of these
connections in chemically harsh environments and when
materials with non-magnetic and/or non-conductive
properties are required.
The most common non-metallic connection typology in
modern timber structures are glued connections.
However, they require careful prefabrication, expert
workmanship, and a thorough quality control. A nonmetallic connection typology with dowel-type fasteners
in shear would be most advantageous in terms of the
benefits to production and assembly, and it could be used
chemically harsh environments. The problems with such
an alternative are selecting the most adequate materials
and the lack of design guidance. As new high-strength
wood-based products and fibre reinforced polymers
(FRP) become increasingly commercially available, the
development of non-metallic connections with laterallyloaded dowel-type fasteners should be investigated.

1.2

STATE OF THE ART

1.2.1 Non-metallic connections with dowel-type
fasteners in shear
In the early 80s, an extensive study on timber trusses
with steel-to-timber dowelled connections with multiple
shear planes was conducted at ETH Zurich [2]. In the
scope of this study, exploratory tests were performed on
timber-to-timber connections with internal plywood
panels (made from Beech, Fagus sylvatica L.) and
hardwood dowels (made from Bongossi, Lophira alata
Banks ex Gaertn.) (Figure 1a). The test report [2] states
that these connections reached load-carrying capacities
and ductilities adequate for structural purposes, due to

a)

1

Pedro Palma, Institute of Structural Engineering (IBK),
ETH Zurich, palma@ibk.baug.ethz.ch
2 Peter Kobel, IBK, ETH Zurich
3
Alexander Minor, ETH Zurich
4
Andrea Frangi, IBK, ETH Zurich

b)

c)

Figure 1: Non-metallic connections: a) overview [1]; b) dowel
failure [2]; c) plywood failure [1].
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Figure 2: Overview of the adopted approach.

a)

b)

Figure 3: Embedment strength tests: a) test
b) geometry of the test specimens (see Table 1).

set-up;

the deformations in the wooden dowels (Figure 1b).
Their load-carrying capacity was approximately 2/3 of
the load-carrying capacity of the trusses with internal
steel plates and steel dowels, and collapse was due to
failure of the plywood panels (Figure 1c). A more recent
study by A. Thomson et al [3–5], in the University of
Bath, showed that it is possible to produce dowelled
connections with non-metallic components for structural
purposes (Figura 2). In this study, plates of densified
veneer wood (DVW) and glass fibre reinforced polymer
(GFRP) dowels were used. However, glass fibres and
polyester resin exhibit a poor performance at high
temperatures [6] and there are other composites with a
better mechanical performance that might be more
adequate.

Given the influence of the polymer matrix in the
mechanical properties in the direction perpendicular to
the axis of FRP rods (most relevant properties in
components loaded in shear and transversal
compression, such as dowel-type fasteners in timber-totimber connections), the use of new composites requires
new mechanical characterization tests. In addition, the
use of Johansen’s equations [7] to estimate the loadcarrying capacity of timber-to-timber connections with
dowel-type fasteners in shear (rigid-plastic behaviour)
requires knowledge of the fastener yield moment, which
is straightforward for isotropic materials such as steel,
but complex for anisotropic materials such as FRP rods.
1.2.2 Embedment strength of high-density wood
products
The use of laminated veneer lumber (LVL) made of
Beech (Fagus sylvatica L.) in structural connections was
studied by P. Kobel et al [8], at ETH Zurich, who
reported embedment strengths between 70 and
95 N·mm-2 (Figure 4), in elements with an average
density ρmean = 762 kg·m-3.
Plates with higher densities can be obtained by
densification of the veneers during LVL production [9],
producing densified veneer wood (DVW) plates with
densities between 1000 and 1400 kg·m-3. In the early
90s, the physical and mechanical properties of these
plates were studied in detail [9,10] and some structural

Table 1: Embedment strength tests on DVW plates
Typology

PE-1
PE-2
PE-3
PE-4
PE-5
All
All

ρDVW

3·d
3·d
3·d
3·d
3·d
-

[kg·m-3]
1390 (1%)
1413 (0%)
1411 (0%)
1408 (1%)
1396 (1%)
1404 (1%)

-

1406 (1%)

191 (7%)

Dowel
diameter
d

End
distance a
a3,t

Edge
distance b
a4

30
20
20
20
12
-

20
16
12
12
8
-

7·d
7·d
7·d
3.5·d
7·d
-

-

-

-

[mm]

[mm]

[mm]

Density b

Embedment
strength b
fh,DVW

Plate
thickness
t

[mm]

(except PE-5)
Minimum end and edge distances according to EN 1995-1-1 for dowelled (except PE-4).
b
Mean value (coefficient of variation between parentheses).
a

[N·mm-2]
204 (4%)
187 (7%)
182 (3%)
189 (6%)
236 (3%)
198 (11%)
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a)

b)

Figure 4: Embedment strength: a) as a function of the dowel diameter; b) as a function of the thickness of the DVW plate.

a1)

a2)

b)

Figure 5: Embedment strength: a1) specimens type PE-3
(a3,t = 7·d) after failure; a2) specimen type PE-4 (a3,t = 3.5·d)
after failure; b) load-displacement curves.

applications were developed [11]. Embedment strength
of DVW plates was found be between 90 and
180 N·mm-2, depending on the density (Figure 4). These
high strength values allow replacing commonly used
steel plate in steel-to-timber connections (with
thicknesses from 5 to 8 mm) by DVW plates with two or
three times the thickness, without significantly reducing
the thickness of the timber side members.
1.3 OBJECTIVES AND SCOPE
The objectives of the research project presented in this
paper were to develop a dowelled connection system for
timber structures, using non-metallic components, and
the corresponding design methods. The developed
system comprises internal DVW plates, and FRP dowels.
It was tested in connections with both Spruce glulam and
Beech laminated veneer lumber (LVL) members.

However, in this paper only the tests and design method
for glulam members will be presented.
One of the aims was that the design method was based
on the rules for connections with dowel-type fasteners of
EN 1995-1-1 [12], to make their design simple, and so
that it could be easily adapted to various FRP dowels,
through simple mechanical tests. Even though FRP
dowels exhibit a mechanical behaviour which is
completely different from that of steel dowels, their
ductility in bending/shear (“short beam”) allows an
effective yield moment My,eff to be derived, which can be
directly used in the equations of EN 1995-1-1 [3]. In
addition to this parameter, also the embedment strength
of DVW plates was studied. The full-scale tests of
connections with a single dowel were used to validate
the design method, and the tests of connections with
multiple dowels allowed to assess the effective number
of fasteners and adjust the design model accordingly. An
overview of the adopted approach is presented in
Figure 2.

2 EXPERIMENTAL CAMPAIGN
The most relevant parameters regarding the loadcarrying capacity of timber-to-timber connections with
dowel-type fasteners in shear are the embedment
strength of the timber components and the yield moment
of the fastener. The corresponding test methods and
results are presented in the following subsections.
2.1 EMBEDMENT STRENGTH OF DVW
PLATES
Existing data on the embedment strength of DVW is
based on tests performed with dowels of only two
diameters (17 and 35 mm) [9]. Therefore, new tests were
performed for a range of diameters between 8 and
20 mm, in specimens with the dimensions presented in
Table 1 and Figure 3b. The tests were conducted in
tension, loading both ends of the specimens
simultaneously (Figure 4), according to EN 383:2007
[13]. Five replicas of each typology were tested. DVW
plates grade K 20226 (according to DIN 7707), with
50% cross layers, and 1 mm thick Beech veneers (Fagus

WCTE 2016 e-book | 207

a)

b)

c)

Figure 6: Apparent horizontal shear strength tests of FRP
rods: a) FRP rods; b) test set-up; c) failure of a FRP rod.

sylvatica L.) were used. Mean density of the specimens
was 1404 kg·m-3, with a coefficient of variation of 1%.
The obtained experimental embedment strengths are
higher than those reported by Leijten et al [9,10] and
significantly higher to those obtained for Beech LVL [8]
(Table 1 and Figures 4 and 5). No clear correlations were
found between the fastener diameter or density and the
embedment strength. Reducing the end distance from 7·d
to 3.5·d had no influence on the embedment strength, but
severely reduced ductility (Figure 5, tests PE-3 and
PE-4).
2.2 BENDING/ SHEAR STRENGTH OF FRP
DOWELS
FRP rods are composed by reinforcement fibres,
responsible for the mechanical properties in the
longitudinal direction, and a polymer matrix (polymer
resin with additional components), which bonds the
fibres and assures stress distribution to the composite
and between fibres, and is responsible for mechanical
properties in the transversal directions of the rod [14].
In timber-to-timber connections with metal dowel-type
fasteners in shear, the shank of the fastener is not under
pure shear in the interface of the connection members
(due to timber’s reduced embedment stiffness), but under
combined shear and bending, which might allow the
development of plastic hinges in the fastener [7]. The
fastener yield moment is relatively straight-forward to
determine for metal dowels, but not for FRP dowels, due
to longitudinal interlaminar shear failures in bending.
Therefore, a test based on the “short-beam method”

a)

b)

(ASTM D4475 [15]) was used, in which the deformed
failure shape of the FRP dowels in the connections is
reproduced (Figure 14). The loading plate was 10 mm
thick and the supports were located at 1.5·drod from the
sides of the plate (drod is the diameter of the FRP rod)
(Figures 6b and 6c). Given the influence of the fibres
and the matrix in the behaviour of the rods, three types
of composites were studied: glass fibres and polyester
matrix (GP); glass fibres and epoxy matrix (GE); carbon
fibres and epoxy matrix (CE) (Figure 6a). Three replicas
of each composite-diameter combination were tested.
Glass fibres are significantly cheaper than carbon fibres,
but also less strong and stiff. Polyester resin is widely
used in FRP components, in part due to its lower cost,
but epoxy resins exhibit a better mechanical behaviour,
even at higher service temperatures. According to the
supplier, GE and CE rods had a mass fraction of fibres
between 65 and 70%, and the GP rods between 50 and
75%.
Test results show that the rods with glass fibres and
epoxy matrix reached higher load-carrying capacities
and exhibited similar ductilities to the rods with carbon
fibres and epoxy matrix (Figures 7b and 7c). Rods with
glass fibres and polyester resin exhibited the lower loadcarrying capacities and ductility (Figure 7a). Due to
interlaminar shear failures in the rod (Figure 6c), loaddisplacement curves show a “saw-tooth” profile after the
maximum load-carrying capacity is reached, which
corresponds to the formation of new cracks and further
opening of existing ones. Both GE and CE rods
exhibited a significant deformation capacity that is
relevant to achieve ductile failure modes in timber-totimber connections. The load-carrying capacity of the
rods Fy was determined using an equivalent energy
elastic-plastic curve (EEEP method), adjusting a bilinear
elastic-perfectly plastic curve so that the dissipated
energy (area below the curve) is equal to the
experimentally determined value (Figure 8). The
stiffness of the elastic region is taken from the
experimental curve. The obtained yield forces Fy are
presented in Table 2.

c)

Figure 7: Load-displacement curves of the "apparent horizontal shear strength tests of FRP rods: a) glass fibres and polyester
matrix (GP); b) glass fibres and epoxy matrix (GE); c) carbon fibres and epoxy matrix (CE). Dashed lines represent the loaddisplacement behaviour after the applied load drops below 80% of the maximum load-carrying capacity.
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Table 2: Apparent horizontal shear strength tests of FRP rods by the short-beam method.
Composite
(fibres and matrix)

Test

Diameter
drod

[mm]

Load-carrying
capacity a
Fy,EEEP

[kN]
GE-8
8
4.1 (2%)
Glass fibres
GE-12
12
8.9 (3%)
epoxy matrix
GE-16
16
14.7 (1%)
(GE)
GE-20
20
25.3 (2%)
Carbon fibres
CE-8
8
3.3 (2%)
CE-12
12
7.3 (3%)
epoxy matrix
CE-16
16
13.1 (1%)
(CE)
Glass fibres
GP-8
8
2.8 (2%)
polyester matrix
GP-12
12
6.8 (3%)
GP-16
16
11.3 (1%)
(GP)
a
Mean values of three tests (coefficient of variation between parentheses).

Figure 8: Load-carrying capacity of FRP rods: example of
load-displacement curve and two methods to determine Fy.

Stiffness a
k0.1-0.4

[kN·mm-1]
3.6 (1%)
7.0 (1%)
9.1 (3%)
11.1 (1%)
5.3 (3%)
6.5 (1%)
9.5 (3%)
3.5 (3%)
5.6 (1%)
7.3 (2%)

Ductility a
DEEEP

[mm·mm-1]

2.4
3.6
3.0
3.1
4.7
4.7
2.7
2.3
1.4
1.5

(5%)
(6%)
(7%)
(4%)
(10%)
(3%)
(7%)
(16%)
(12%)
(8%)

Effective
yield moment
My,eff
[N·mm]
12.1
38.7
90.6
191.4
10.0
32.9
77.7
8.7
32.0
70.1

Figure 10: Effective yield moment of FRP rods, as a function
of their diameter (yield moment of steel fasteners presented for

of the FRP rod is approximated by the deformed shape
of a steel fastener with four plastic hinges (Figure 9), and
an effective fastener yield moment My,eff can be derived
(Equation 1) and directly used in the expressions of
EN 1995-1-1 [12] to determine the load-carrying
capacity of timber connections. The effective fastener
yield moment My,eff is given by
Figure 9: Deformed shape of the FRP rod approximated by
the deformed shape of a bar with four plastic hinges (based on
the model by Thomson [4].

Thomson [3] calculated Fy using the “0.1·drod offset
method”, in which Fy is determined by the intersection
of a line parallel to the elastic section of the loaddisplacement curve, but shifted by 0.1·drod (Figure 8)
This approach, however, has the disadvantage of being
susceptible to local abrupt changes in the forcedisplacement curves (“saw-tooth” pattern) and, therefore,
misrepresenting the global mechanical behaviour.
As mentioned, even though the behaviour of FRP rods is
completely different from that of steel fasteners, the
ductility of FRP rods in bending/shear and the localized
extent of the damage allows to approximate their
behaviour to that of a steel fastener with plastic hinges.
Following Thomson’s approach [3], the deformed shape

3  Fy  d
4  M y, eff   = Fy   exp ⇒ M y,eff =
14243
1
424
3
84
144
4244
3

dissipated energy
(4 plastic hinges)

work of
applied force

θ ≈ δ exp /1.5 d

(1)

where θ is the rotation in the plastic hinges
(θ ≈ δexp/1.5·d), Fy is the yield force, δexp is the vertical
displacement of the loading point, and d is the fastener
diameter (the supports are located at 1.5·d from the sides
of the loading plate).
Effective yield moments of the various FRP rods are
presented in Figure 10, as a function of the rod diameter.
In comparison with steel fasteners of the same diameter,
FRP rods exhibit yield moments about 50% lower. The
glass fibre and epoxy matrix (GE) rods showed the
highest effective yield moments and a ductility
comparable to the much more expensive carbon fibre
and epoxy matrix (CE) rods and were, therefore, used in
the full-scale connections presented in the following
sections.
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Figure 11: Geometry of the connections with an internal
member of DVW and a single fastener.

a)

b)

Figure 12: Geometry of the connections with an internal
member of DVW and multiple fastener.

a)

Figure 13: Test on timber-to-timber connections with an
internal DVW plate: a) test set-up; b) detail of displacement
transducer.

2.3 FULL-SCALE CONNECTION TESTS
Full-scale timber-to-timber connections with an internal
member of DVW and steel and FRP fasteners
(Figures 11 and 12) were tested in accordance with EN
26891:1991 [16]. The connections were produced with
glulam members grade GL 24h, internal DVW plates
grade K 2022, 12 mm thick, and one or four 12 mm steel
or FRP dowels. The test specimens had a connection at
each end and were loaded in tension (Figure 13a).
Relative displacements between the internal plate and
the timber side members were measured with
displacement transducers, which were attached to the
side members (Figure 13b). Three replicas of each
typology were tested.
Test results are presented in Table 3 and Figure 15.
Connections with FRP dowels exhibited load-carrying
capacities 20 to 25% lower than the connections with

b)

Figure 14: Failure modes: a) longitudinal splitting;
a) connections with a single fastener; b) connections with
multiple fasteners.

steel dowels, but much higher ductilities. Failure was
due to longitudinal splitting along the rows of fasteners
for both situations, but only after extensive
deformations.
Test results on connections with the same geometry as
typologies CGG-2 and CGS-2 but with an internal steel
plate and steel dowels, previously performed by the
authors [17], are presented in Table 3 and Figure 16
(typologies D05.1 and D05.1.R, the latter reinforced
with self-tapping screws). The connections with an
internal DVW plate and FRP dowel reached
approximately half of the load-carrying capacity of the
similar connections with an internal steel plate, steel
dowels, and reinforcement self-tapping screws, but
exhibit the same ductility.
Regarding group effects, comparing the experimental
load-carrying capacity of the connections with n = 1
dowels with that of connections with n = 2 dowels in a
row parallel to the grain, the effective number of

Table 3: Results of the tests on timber-to-timber connections with an internal DVW plate and steel/FRP
dowels.

Typology

Fasteners
No.

Type

Load-carrying
capacity a
Rmean

Stiffness
(per shear plane per
fastener)
ks

Ductility b
D

[kN]
[kN·mm-1]
[mm·mm-1]
CGG-1
1
FRP (GE)
18 (4%)
4.8 (57%)
15.5 (35%)
CGS-1
1
Steel S355
25 (3%)
8.2 (53%)
7.2 (19%)
CGG-2
4
FRP (GE)
66 (5%)
3.6 (14%)
14.8 (7%)
CGS-2
4
Steel S355
83 (5%)
5.1 (17%)
8.0 (20%)
D05.1 c
4
Steel S235
103 (1%)
7.0 (15%)
8.3 (15%)
D05.1.R c
4
Steel S235
129 (4%)
7.3 (20%)
17.4 (36%)
a Mean value of three tests (coefficient of variation between parentheses).
b
Ductility D = dy/du according to standard EN 12512 [19].
c Typologies D05.1 and D05.1.R have the same geometry as typologies CGG-2 and CGS-2, but with na internal 5 mm thick
[#]

[FRP / Steel]
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Figure 15: Tests on connections with an internal member of
DVW and steel/FRP dowels.

Figure 16: Tests on connections with four steel/FRP dowels and
an internal steel/DVW plate.

fasteners is nef = 1.86 for FRP and nef = 1.63 for steel
dowels (according to EN 1995-1-1 [12], the effective
number of fasteners nef = 1.60 is for steel dowels with a
spacing a1 = 84 mm).

3 DESIGN MODEL
The proposed design model is based on the expressions
of EN 1995-1-1, namely expressions regarding failure
modes (g), (h) e (k) of timber-to-timber connections
(Equations 2, 3, and 4, respectively). The load-carrying
capacity per shear plane per fastener is
Fv, R, mode I = f h, glulam  t glulam  d

(2)

Fv,R,mode I = 0.5 f h,DVW  t DVW  d

(3)

Fv, R, mode III = 1.15

2
1+ 

2 M y,eff  f h, glulam  d

(4)

in which My,eff is the effective fastener yield moment
(My,eff = My for steel fasteners), fh,glulam is the embedment
strength of glulam side members, fh,DVW is the
embedment strength of the internal DVW plate, tglulam is

a)

the thickness of the glulam side members, tDVW is the
thickness of the DVW plate, d is the fastener diameter,
and β = fh,DVW/fh,glulam.
The comparison between the proposed model and the
tested connections is presented in Figure 17 and Table 4.
The model gives good predictions of the experimental
load-carrying capacities for the connections with steel
dowels (GGS-1 and CGS-2), as expected since the
equations in EN 1995-1-1 were developed for this
situation, but also for the connections with FRP dowels,
in particular if no reduction due to group effects is
considered (nef = n) (Figure 17b).

4

CONCLUSIONS

The conducted embedment tests on DVW plates, the
bending/shear of FRP rods, and full-scale connection
tests show that the developed connection system can be
used for structural applications. The proposed design
model gives good estimates of the experimental loadcarrying capacities.

b)

Figure 17: Predicted and experimental load-carrying capacities: a) connections with a single fastener; b) connections with multiple
fasteners.
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Table 4: Comparison between the proposed design model and the experimental
results.
Typology
CGG-1

No.
[#]

1

Fasteners
Type

[FRP / Steel]

Load-carrying capacity
Rmean,exp a
Rmean,est b
[kN]

FRP

17.7

CGG-2

4

FRP

65.8

CGS-1
CGS-2

1
4

Steel S355
Steel S355

25.3
82.8

a

[kN]

nef = 1.0 →
nef = 1.6 →
nef = 2.0 →
nef = 1.0 →
nef = 1.6 →

16.2
51.8
64.9
25.7
83.2

(-8.6%) c
(-21.3%)
(-1.5%)
(+1.4%)
(-0.5%)

Mean value of experimental results.
Estimated load-carrying capacity, based on the mean values of the physical and
mechanical properties of the tested connections.
c
Relative difference between the estimated and the experimental load-carrying capacities
presented between parentheses.

b
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LOAD DISTRIBUTION IN MULTI-DOWEL TIMBER CONNECTIONS
UNDER MOMENT LOADING – INTEGRATIVE EVALUATION OF
MULTISCALE EXPERIMENTS
Thomas K. Bader1, Michael Schweigler2, Georg Hochreiner3,
Josef Eberhardsteiner4
ABSTRACT: The load distribution in multi-dowel timber connections under bending moments was investigated by
means of an integrative evaluation of a hierarchically organized test program, which encompassed component tests as
well as single-dowel and multi-dowel connection tests. It was demonstrated that the anisotropic material behaviour of
Laminated Veneer Lumber, and consequently of wood in general, leads to a non-uniform load distribution among the
dowels, even for multi-dowel connections with a circular arrangement of dowels. Model predictions from this study
highlight inefficiencies of the simplified calculation approach, based on the polar moment of inertia, i.e., based on
isotropic theory. Loads of dowels loaded parallel to the grain were found to be underestimated by up to 50%. Through
the hierarchically organized experimental campaign with full-field deformation measurement techniques, load
distribution effects could be related to the orthotropic material behaviour of wood expressed in terms of load-to-grain
angle dependent slip curves of single-dowel connections.
KEYWORDS: Dowel connections, Dowel group, Load distribution, Hierarchical test program, Integrative evaluation

1 INTRODUCTION 123
If properly designed, dowel connections exhibit high
ductility, and consequently, a highly non-linear
behaviour, which has its origin in permanent
deformations of steel dowels in bending and of wood
under embedment stresses. This slip behaviour of
connections causes relative displacements between the
connected timber and steel elements. A single-dowel
transfers loads only perpendicular to the dowels’ axis.
Hence, only in dowel groups it is possible to transfer
bending moments, which are split into loads on the
individual dowels with different load orientations [1,2].
The orientation is particularly important for timber, since
wood exhibits an anisotropic material behaviour as a
consequence of its inhomogeneous and cellular
microstructure. Hence, the load-displacement behaviour
of single-dowel connections depends on the load-tograin orientation, i.e., the deviation between the load
orientation and the principal material orientation parallel
to the wood grain [3]. This in turn affects the distribution
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of loads among a group of dowels, which is investigated
in this integrative and hierarchically organized
experimental study.
The behaviour of single-dowel connections has
extensively been studied in the timber engineering
research community since the early work of
Johansen [4]. Already in this work, the interaction of
embedment stresses and dowel bending deformations,
yielding highly non-linear load-displacement behaviour
of single-dowel connections, was shown. It forms the
basis for the limit state design concept adopted in the
current version of the European timber engineering
design standard [5]. The latter however does not account
for a kinematically consistent formulation of the loaddisplacement behaviour of connections, which could be
formulated in terms of load-slip characteristics [6]. The
stiffness of single-dowel connections is even assumed to
be independent with respect to the load-to-grain
orientation. This simplified assumption of isotropy,
instead of the anisotropic material behaviour, takes effect
on the calculation of multi-dowel connections,
particularly on the calculation of stiffness properties and
of load distribution in case of moment loading. In
practical applications, often isotropy is assumed in the
calculation of load distribution in multi-dowel
connections, while the load-orientation dependent
stiffness of single connections is neglected [7,8].
Previous research works were mainly limited to elastic
models for load distribution, while non-linearity in
single-dowel slip curves was hardly considered.
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The anisotropic material behaviour of wood additionally
causes a deviation of displacement and load direction
[9]. Corresponding orientation deviations and additional
single-dowel
reaction
forces
in
double-shear,
connections were quantified in [3] and were found to
change considerably over the loading process.
Direct insight into the load distribution in experimental
testing is very challenging due to the complex structural
system and corresponding orientations of loads. As a
remedy, we resort to a combined evaluation of
experimental datasets from different length scales in
order to back-calculate single-dowel loads within multidowel connections under moment loading. This becomes
possible based on measurements of relative dowel
displacements and dowel bending deformations in multidowel connections, as well as in single-dowel
connections, by means of a point tracking system based
on digital image correlation (DIC) principles.
Consequently, displacement properties measured in
connections
are
combined
with
multi-dowel
experimentally based slip curves of single-dowel
connections in order to calculate corresponding load
distributions in multi-dowel connections.

2 MATERIALS and METHODS
Mechanical tests were performed on various length
scales and structural levels, as outlined in Figure 1.

Figure 1: Hierarchically organized experimental program
from component tests up to multi-dowel connections.

In a first step, mechanical properties of the individual
components of the investigated dowel connections,
namely of the Laminated Veneer Lumber (LVL) and the
steel dowel itself, were investigated. Material properties
of steel dowels were measured in bending tests in order

to quantify their moment-rotation characteristics and
their ductility. Full-hole embedment tests were
conducted for various load-to-grain angles. In a next
step, single-dowel steel-to-LVL connections with a
double shear layout were tested, again, for different loadto-grain orientations. Finally, dowel groups were
exposed to bending moments in a 4-point bending test
setup (Figure 1).
2.1 SINGLE-DOWEL CONNECTION TESTING
Double shear steel-to-timber connections, which are
widely used in practical applications, were chosen. The
wooden side members were made of LVL and
connections with steel dowels of two different diameters,
namely 12 and 20 mm, were manufactured. Steel dowels
were made of heat treated steel of quality S235 in order
to ensure homogeneous and uniform material properties.
The timber elements were made of 51 mm thick
Laminated Veneer Lumber (LVL) composed of parallel
oriented spruce veneers (Kerto-S, Metsä Wood,
Finland). In order to avoid premature splitting of the
LVL and to allow for large dowel displacements,
connections were reinforced with self-tapping screws at
a distance of about 60 mm on both sides of the steel
dowels.
For mechanically characterizing steel dowels and the
LVL material, component tests were performed. Steel
dowels were tested in tension and in bending tests,
thereby quantifying their deformation capacity at large
strains in bending. Corresponding bending momentbending angle relationships were established. The
embedment behaviour of LVL under various angles to
the grain was measured in full-hole embedment tests
under constrained, lateral displacement boundary
conditions. This yielded relationships between
embedment stresses – calculated as the nominal stress
over the projected area of the steel dowel – and dowel
displacements and their dependence on the load-to-grain
angle.
Connection properties were experimentally investigated
for three load-to-grain angles, namely parallel (0°),
under 45° and perpendicular (90°) to the grain
orientation of the LVL.
Connections were loaded through a 10 mm thick steel
plate inserted in a 12 mm thick air gap between the two
LVL side members. Mechanical testing was performed
under compressive loading in a biaxial test setup. The
latter allowed for a restrained lateral deformation
condition and thus, for a quantification of possible lateral
loads. This was particularly expected for loading
orientations deviating from the principal material
orientation, i.e. for loading under 45° to the grain.
Displacement characteristics were measured by means of
a point tracking software based on digital image
correlation (DIC) principles. Corresponding markers
were placed on the surface of the LVL and the steel
plate, as well as on the heads of the steel dowels. Thus,
relative displacements between the LVL and the steel
plate, the so-called crushing deformation, and the
bending deformation of the steel dowel could be
quantified. Please see [3] for further details.
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2.2 CALCULATIONS OF SINGLE-DOWEL
PROPERTIES - EUROCODE 5
Experimentally determined yield moments of steel
dowels My,mean and embedment strengths of LVL fh,α,mean
(see Section 2.1) were used for the calculation of
connection strength according to Eurocode 5 [5]. Since
mean values of the component properties are used, also
the estimated strength of the single-dowel connection
can be considered as a mean value, FEC5,α,mean. The
connection bearing strength is given by the minimum
value of three possible dowel failure modes calculated
according to Eq. (8.10) in [5].
The (elastic) slip modulus Kser and the (ultimate) slip
modulus Ku were calculated according to Table 7.1 and
Eq. (2.1) in [5] as a function of the dowel diameter and a
mean mass density of LVL of 495 kg/m3.
2.3 PARAMETERIZATION OF SINGLE-DOWEL
SLIP-CURVES
In a first step, the following regression function was used
for fitting of slip curves (cf. [6]) of single-dowel
connections, reading as

Fk (uk , α k ) = ( Fin,α

k 0 ,α ⋅u k
⎤
⎡
−
F
⎢
+ k f ,α ⋅ uk ) ⋅ 1 − e in ,α ⎥.
⎢⎣
⎥⎦

(1)

It describes the relationship between the dowel load Fk
and the dowel relative (crushing) displacement ui and
encompasses three coefficients Fin,α, kf,α and k0,α for a
specific load to grain angle α. The coefficient k0,α
specifies the initial stiffness, kf,α specifies the tangent
stiffness between a displacement ui of 0.5 and 1.5 times
the dowel diameter d, i.e. on the elasto-plastic loading
path, and Fin,α is related to the load at the intersection of
the two stiffness paths. Coefficients are determined by
minimizing the mean square error.
In a second step, a regression between the coefficients at
0° and 90° and the load-to-grain angle α was established
using the so-called Hankinson’s formula. This yielded
the following set of equations

Fin,α =

Fin,0 ⋅ Fin,90
,
Fin,0 ⋅ sin 2 α + Fin,90 ⋅ cos2 α

(2)

k0,α =

k0,0 ⋅ k0,90
,
k0,0 ⋅ sin α + k0,90 ⋅ cos 2 α

(3)

k f ,α =

2

k f , 0 ⋅ k f ,90
k f , 0 ⋅ sin 2 α + k f ,90 ⋅ cos2 α

,

connection was identical to the composition of singledowel connections described in subsection 2.1, namely a
double-shear steel-to-LVL type connection with 51 mm
thick LVL side members and a 12 mm thick air gap for a
10 mm thick steel plate. Steel dowel diameters of either
12 or 20 mm were used.
The spacing between the steel dowels as well as the edge
distance was 120 mm and identical for both dowel
diameters (see Figure 2). This resulted in a height of the
LVL beam of 480 mm. The distance between the dowels
and the end grain of the beam was 180 mm. In the case
of 12 mm dowels, the spacing and edge and end
distances were considerably larger than the minimum
spacing given in the current European design standard
[5], while for the 20 mm dowels the spacing was only
slightly larger than the minimum requirements. In order
to exploit the ductility of the multi-dowel connections,
they were partly reinforced with self-tapping screws (see
Figure 2).
Four-point bending tests were performed on a LVL beam
connected through the above described multi-dowel
connection to a steel cross section, which constituted the
second half of the tested beam structure.
Displacement characteristics of the connection as well as
of their components were measured by means of a point
tracking software based on digital image correlation
(DIC) principles. Corresponding markers were placed on
the surface of the LVL, the steel plate, and the heads of
the steel dowels. This gave access to relative rotations
between the LVL and the steel plate, the relative
displacement of the steel dowels, the so-called crushing
deformation, and the bending deformation of the steel
dowels. Loads were measured with load cells with a
capacity of 50 kN at each loading point, which allowed
calculating bending moments in the centre of the multidowel connection by means of equilibrium conditions of
the statically determined beam structure. Please see [1]
for further details.

(4)

including six parameters for each single-dowel
connection with specific side member thickness and
dowel diameter.
2.4 MULTI-DOWEL CONNECTION TESTING
Multi-dowel connections with nine dowels arranged
either in a circular or in a rectangular (squared) pattern
(Figure 2), were subjected to a bending moment in a
four-point bending test setup. The lay-up of the

Figure 2: Geometrical properties of multi-dowel connections
with a (a) squared and (b) circular arrangement of dowels.
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2.5 CALCULATION OF LOAD DISTRIBUTION
AND MOMENT RESISTANCE
The above described consistent experimental dataset
forms the basis for the calculation of load distribution in
multi-dowel connections. Knowledge about the
relationship between the global bending moment My,con,i
acting on the multi-dowel connection and crushing
deformations Δuj,i and directions αj,i of a single-dowel j
and load increment i gives access to a combination with
single-dowel loads Fk measured in single-dowel
connection tests for specific dowel displacements uk and
directions αk, see Eqs. (1-4). The two datasets read as
follows

M y ,con ,i , Δϕi , Δu j ,i , α j ,i ↔ Fk , u k , α k ,

(5)

and include the relative rotation of the multi-dowel
connection Δφi. For each load increment i, the crushing
deformations Δuj,I, as measured in multi-dowel
connection experiments, is applied for the determination
of single-dowel load Fj,i of dowel j from the singledowel slip curves, assuming uk and αk to be equal to Δuj,i
and αj,I, respectively. Single-dowel loads were calculated
using the regression function given by Equation (1).
Consequently, a relationship between the global bending
moment and single-dowel loads, i.e., the load
distribution among the steel dowels, is established.
Having at hand single-dowel loads in the multi-dowel
connection, gives access to calculation of the global
bending moment My,pred,i, which can be determined from
the equilibrium condition (cf. [8]) reading as
n

M y , pred ,i = ∑ F j ,i ⋅ rj ,i ,

(6)

j =1

where Fj,i is the load on the j-th steel dowel at load
increment i and rj,i is the polar radius of the dowel, i.e.,
its distance from the centre of rotation. For the
calculation of the distance, the orientation of the load is
assumed to be equal to the orientation of the
displacement and the centre of rotation is assumed to be
at the geometrical centre of the connection. Effects of
reaction forces orthogonal to the displacement direction,
in case of loading directions deviating from principal
material orientations, are considered by slip-curves only
representing the load component parallel to the
displacement direction. The component perpendicular to
the displacement direction does not contribute to the
global bending moment. Comparison of the calculated
moment My,pred with the experimentally determined
bending moment My,con gives feedback about the
suitability of the single-dowel slip curves.
For the purpose of comparison, moment resistance of
and load distribution in multi-dowel connections is
calculated on nonlinear elastic (with respect to dowel
bending and embedment behaviour) but isotropic theory
(with respect to local dowel stiffness). The rotational
elastic stiffness Cser,r of the multi-dowel connection
under serviceability conditions is then given by
n

Cser ,r = ∑ K ser , j ⋅ rj ,
j =1

2

(7)

with Kser,j as the slip modulus of dowel j calculated
according to Table 7.1 in [5]. Assuming isotropic
material behaviour, single-dowel loads can be calculated
by

Fj =

M y ,con
Ip

⋅ rj ,

(8)

with Ip as the so-called polar moment calculated as the
sum of squares of polar radii rj.
Elsewise, an ultimate bending capacity of the
connection, My,EC5,ult could be calculated by using the
single-dowel strength calculated according to [5]
FEC5,α,mean in Equation (6). Alternatively, the limit state
related to the first dowel reaching its strength could be
calculated as My,EC5,lim. For circular arrangement of
dowels, a uniform displacement and an equal stiffness
would yield a uniform load distribution using
Equation (8). However, the lower strength of singledowel connections loaded perpendicular to the grain
would yield differences in My,EC5,lim and My,EC5,ult.
Ultimate ductile strength of connections, My,EC5,ult, can
only be achieved with a corresponding rotational
capacity, allowing for corresponding relative dowel
displacements in all dowels, while ductility only of
certain dowels would be required for the My,EC5,lim.

3 RESULTS and DISCUSSION
3.1 SINGLE-DOWEL CONNECTION
Slip curves, i.e., load-dowel displacement relationships
were determined for loading parallel, under 45° and
perpendicular to the grain. Results are shown in Figure 3
for connections with 12 and 20 mm dowels, where loads
in the direction of the crushing displacement are plotted
over the magnitude of the crushing displacement. Loads
in the direction perpendicular to the crushing direction
were measured for loading under 45° to the grain, but are
not shown herein.
The anisotropy of wood, i.e. the load-to-grain angle,
caused differences in the slip curves of single-dowel
connections. Loading parallel to the grain yielded the
stiffest behaviour with the highest quasi-static limit. The
quasi-elastic stiffness was found to reduce with
increased load-to-grain angle. Due to a displacement
hardening effect in loading under 45° and 90° to the
grain, corresponding single-dowel connection loads
continuously increased and reached about the same
absolute values as for loading parallel to the grain. This
observation is well in line with results of the embedment
behaviour of LVL, which showed increased hardening
behaviour with increased load-to-grain angle. Small
variations between the responses of two replications of
the same test configuration highlight the high degree of
homogeneity of LVL and heat-treated steel dowels, and
the suitability of using small number test specimens.
The displacement of the loading device as well as the
bending deformation of the steel dowel was measured by
means of digital image correlation [3]. The latter allowed
gaining insight into the failure mode of the steel dowel.
The development of plastic deformations in the steel
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dowel, i.e., the formation of a plastic hinge in the centre
of the steel dowel, could be detected. Visual inspection
after testing confirmed the interpretation of deformation
measurement data.

5 to 10 mm that are required in order to achieve the
predicted load level. In other words, stiffness properties
under ultimate limit conditions are strongly
underestimated by the slip modulus Ku. The assumption
of linear elasticity and ideal plasticity was found to be in
contradiction to the experimentally observed non-linear
slip curves.
3.1.2 PARAMTERIZATION OF SINGLE-DOWEL
CONNECTION SLIP CURVES
Using the regression function, given by Equation (1), for
single-dowel slip curves, and subsequently, a regression
of the parameters over the load-to-grain angle (cf.
Equations (2-4)), yielded six parameters for each singledowel connection, see Table 2. Thereby, loaddeformation curves for arbitrary load-to-grain angles
were defined, as exemplarily shown in Figure 4 for
12 mm single-dowel connections.

Figure 3: Slip curves of steel-to-LVL connections with 12 and
20 mm steel dowels tested parallel, 45° and perpendicular to
the grain; including a comparison with design standard
calculations; with dowel diameters of (a) 12 mm and
(b) 20 mm.
Table 1: Strength and stiffness properties of single-dowel
connections calculated according to Eurocode 5 [5] together
with embedment strength and fasteners yield moment.

My,mean (Nm)
fh,0,mean (N/mm2)
fh,45,mean (N/mm2)
fh,90,mean (N/mm2)
FEC5,0,mean (kN)
FEC5,45,mean (kN)
FEC5,90,mean (kN)
Kser (kN/mm)
Ku (kN/mm)

Dowel diameter
12 mm
20 mm
132
500
33.1
37.7
26.1
25.2
24.9
23.3
23.9
57.0
20.2
45.1
19.5
43.3
22.3
38.3
15.3
25.5

3.1.1 COMPARISON WITH DESIGN STANDARD
Strength (FEC5,α,mean) and stiffness (Kser, Ku) properties of
the investigated single-dowel connections, calculated
according to Eurocode 5 [5], are summarized in Table 1
together with the yield moments of steel dowels My,mean
and the embedment strengths of LVL fh,α,mean. For all
configurations, a single plastic hinge failure mode of the
steel dowel was predicted. Comparison of Eurocode 5based calculations with test data is shown in Figure 3.
The comparison revealed crushing deformations of about

Figure 4: Parameterization of 12 mm single-dowel connection
slip curves by means of regression analysis based on test data
for three load-to-grain angles.
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Table 2: Regression coefficients for use in Eqs. (1-4) for the
calculation of single-dowel slip curves.

Regression
coefficient
Fin,0 (kN)
Fin,90 (kN)
kf,0 (kN/mm)
kf,90 (kN/mm)
k0,0 (kN/mm)
k0,90 (kN/mm)

Dowel diameter
12 mm
20 mm
22.67
59.46
12.57
40.92
0.298
0.187
0.679
0.439
11.34
35.74
8.40
19.59

3.2 MULTI-DOWEL CONNECTIONS
Bending moment-relative rotation characteristics of
multi-dowel connections with nine dowels in two
different arrangements, namely squared and circular,
were measured, see Figure 5. Only one unreinforced
connection with 20 mm dowels arranged in a circular
manner, failed in a brittle manner, while all other
connections showed a ductile response up to 7° relative
rotation.

centre of the joint, to the corners of the squared dowel
pattern, as compared to the distances of the dowels in the
circular pattern, cf. Equation (6).
Multi-dowel connections with 20 mm dowels yielded a
higher bending moment compared to 12 mm dowel
connections, which is a reason of the higher singledowel strength of dowels with a larger diameter.
No distinct difference between reinforced and
unreinforced multi-dowel connections became obvious
as long as no global brittle failure became decisive.
Reinforcing self-tapping screws were placed with a
distance of 60 mm below or above the steel dowels, and
thus, did not affect the embedment behaviour of the
dowels.
The relative rotation was measured by a contactless
optical measurement system. In addition, the same
system was used to monitor displacements of the
individual dowels. This gave access to the relative
(crushing) displacement of each dowel at the loaded steel
plate, as well as to its bending deformation. The same
characteristics were also measured in single-dowel tests.
3.2.1 COMPARISON WITH DESIGN STANDARD
The European timber engineering design standard does
not provide a method for the calculation of moment
capacities of multi-dowel connections. In the following,
we present results from a calculation based on an
isotropic distribution assumption, i.e., a stiffness of the
single-dowel connections independent of the load-tograin angle. Single-dowel connection strength
summarized in Table 1 were used together with the polar
moment of intertia Ip, which amounted to 115,200 mm2
and 172,800 mm2 for circular and squared dowel
arrangements, respectively. The corresponding limit
values My,EC5,ult and My,EC5,lim are shown in Figure 5
together with the rotational stiffness Cu,r, calculated
according to Equation (7) using single-dowel connection
stiffness Ku according to Table 1.
Rotational stiffness of 12 mm dowel connections seems
to underestimate the relative rotation of the connection,
while a very good prediction of this simple model was
found for 20 mm dowels. Considering ductility of all
dowels yielded slightly higher bending strength capacity
(My,EC5,ult) compared to the yield limit predicted by the
most loaded or the weakest dowel (My,EC5,lim). Since, the
single-dowel behaviour is considered to be linear elastic
and ideal plastic, displacement hardening behaviour of
the connection as observed in experiments, cannot be
predicted.
3.3 LOAD DISTRIBUTION in MULTI-DOWEL
CONNECTIONS

Figure 5: Moment-relative rotation curves of multi-dowel
connections under moment loading; including a comparison
with design standard-based calculations using dowel diameters
of (a) 12 mm and (b) 20 mm; unreinforced (solid lines) and
reinforced (dashed liens) connections.

Nine dowels arranged in a squared manner showed a
stiffer behaviour with higher bending moments
compared to nine dowels arranged in a circular manner.
This was due to the larger distances of dowels from the

The above described dataset from a hierarchically
organized testing campaign will be utilized in order to
gain insight into the load distribution among individual
dowels in multi-dowel connections under moment
loading. As regards the investigated type of multi-dowel
steel-to-timber connections, the relative displacement of
the dowels was uniform among the dowels and enforced
during loading through the steel plate. Thus, the relative
rotation of the multi-dowel connection could be related
to dowel displacements, and consequently, since the
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same quantity was measured in single-dowel tests, to
single-dowel loads. Performing this combination for
each measurement point gave access to the load
distribution among dowels over the entire loading
history of the multi-dowel connection. Single-dowel
loads, from single-dowel connection tests, were
subsequently multiplied with the distance to the centre of
rotation and summed up to calculate a bending moment,
which was compared to the experimental momentrelative rotation curve, see Figure 6. The procedure
obviously yielded moment-relative rotation curves that
closely
follow
the
experimentally
measured
relationships. The quasi-elastic stiffness was however
higher in multi-dowel connection tests compared to the
model calculations based on single-dowel connection
tests. This might indicate a homogenization effect or a
stiffening effect in the multi-dowel connection.
Alternatively, the quasi-elastic stiffness might be
underestimated in single-dowel connection tests.
Having at hand dowel displacements (crushing
deformations) of each dowel for a specific relative
rotation of the multi-dowel connection gives access to
the single-dowel loads, which are discussed in the
following. The discussion is based on the calculated
multi-dowel moment-relative rotation connection slip
curves.

Figure 6: Comparison of calculated and experimentally
measured moment-relative rotation curves.

3.3.1 LOAD DISTRIBUTION IN MULTI-DOWEL
CONNECTIONS with CIRCULAR DOWEL
ARRANGEMENT
Load distribution in multi-dowel connections is first
discussed with circular arranged dowels, both with 12
and 20 mm dowel diameters. Considering Equation (8)
together with a load-to-grain angle independent stiffness,
and an equal distance of each dowel from the centre of
rotation in the circular arrangement, would yield a
uniform load distribution among the dowels, illustrated
by the solid, red lines in Figure 7. This load-distribution
would give the same moment as the model predicted
bending moment (cf. Figure 6) by calculating dowel
forces based on the polar moment of inertia. Considering
slip values according to Eurocode 5 would yield a linear
path, cf. Figure 5. The red solid in Figure 7 could be

interpreted as being based on a continuously changing
but isotropic slip modulus.
Model calculations based on load-to-grain dependent slip
curves of single-dowel connections however revealed a
non-uniform load distribution, see Figure 7. Dowels
loaded in the direction parallel to the grain were found to
carry considerably higher loads (grey lines in Figure 7)
than dowels loaded perpendicular to the grain (green
lines in Figure 7). This is a result of the orthotropic
nature of the wood material and corresponding load-tograin dependent stiffness of the connections. The load
level of dowels loaded under about 45° to the grain (blue
lines in Figure 7) was found to lie in between the two
limits of 0° and 90° to the grain, and close to the model
prediction using isotropic theory. Differences in model
predictions between these dowels were predicted based
on consideration of changing load-to-grain orientations
with increasing relative rotation.

Figure 7: Load distribution in multi-dowel connections with
circular dowel arrangement.

One degree of relative rotation is equal to 2.09 mm
crushing deformation of the steel dowel. This crushing
deformation scales linearly with the relative rotation.
Already at a relative rotation of 0.5°, which
relative
(crushing)
corresponded
to
1.05 mm
displacement of the steel dowels, loads parallel and
perpendicular to the grain were more than 20% higher or
smaller than loads predicted with isotropic theory.
From single-dowel slip curves, one could expect that
load levels would balance with increased relative
rotation, due to displacement hardening effects.
However, a considerably larger crushing deformation,
i.e., a considerably higher relative rotation, of the
investigated multi-dowel connections would be required.
As a consequence of the non-uniform load distribution,
bending deformations of the steel dowels were different
even for equal crushing deformations, which is a
consequence of different load-to-grain orientations. This

WCTE 2016 e-book | 219

was evidenced in experimental measurements of dowel
deformations in multi-dowel connections under bending
moments, presented in [1,3].
3.3.2 LOAD DISTRIBUTION IN MULTI-DOWEL
CONNECTIONS with SQUARED DOWEL
ARRANGEMENT
As compared to a circular arrangement of dowels, a
squared, or a rectangular arrangement in general, yields a
non-uniform load distribution already due to variations
in the distance of the individual dowels to the centre of
rotation. Dowels situated further away of the centre of
rotation are commonly considered to take higher loads.
For the specific multi-dowel connection investigated
herein, the corner dowels had a distance; i.e. a lever arm,
of the square root of two larger than the inner dowels.
The same factor applied for the crushing deformation,
which was larger for the corner dowels than for the inner
dowels. Consequently, one degree of relative rotation
corresponds to 2.09 mm and 2.96 mm of crushing
deformation for the inner and outer dowels, respectively.

Figure 8: Load distribution in multi-dowel connections with
squared dowel arrangement.

Model calculations based on isotropic theory, i.e.,
Equation (8) with an isotropic stiffness, are illustrated by
red lines in Figure 8. These paths could be interpreted as
being based on a continuously changing but isotropic
slip modulus. The corner dowels loaded under about 45°
to the grain (solid red lines in Figure 8) would then be
loaded considerably higher than dowels closer to the
centre of rotation (dashed red lines in Figure 8).
However, taking into account the orthotropic nature of
wood in terms of load-to-grain dependent single-dowel
slip curves presented in Figure 3 illustrate a more
complex situation and would yield a different
conclusion. Up to a relative rotation of 0.5°, which
corresponds to crushing deformations of 1.05 and

1.48 mm inner and corner dowels respectively, corner
dowels transferred high loads, which were however less
than dowels loaded parallel to the grain. This is
explained by the high stiffness of single-dowel
connections loaded parallel to the grain. Already at this
loading stage, corresponding dowel forces were
underestimated by the isotropic approach by about 35%,
while forces in corner dowels and dowels loaded
perpendicular to the grain were slightly overestimated.
Increasing the relative rotation did not change this
picture, but loads parallel to the grain were even further
underestimated up to 50%.

4 CONCLUSIONS
Insight into the load distribution in multi-dowel
connections could be gained and loads could be
quantified by an integrative and hierarchically organized
experimental campaign. It was demonstrated that the
anisotropic material behaviour of LVL, and
consequently of wood in general, leads to a non-uniform
load distribution among dowels in multi-dowel
connections. This was well visible in multi-dowel
connections with dowels in a circular arrangement,
where each dowel had the same distance to the centre of
the relative rotation and consequently, a uniform load
distribution would be expected. Dowels loaded parallel
to the grain were found to be highest loaded, while
dowels loaded perpendicular to the grain were least
loaded.
A more complex load distribution in multi-dowel
connections with a squared arrangement of dowels
became obvious due to differences in crushing
deformation and lever arm among the dowels. Model
calculations highlight inefficiencies of the simplified
calculation approach based on the polar moment of
inertia, i.e., based on isotropic theory. Loads of dowels
loaded parallel to the grain were found to be
underestimated by up to 50%, while loads on corner
dowels were overestimated. Loads on the dowels loaded
perpendicular to the grain were partly over- and partly
underestimated, depending on the relative rotation.
Calculations showed that the distribution of loads
changed with increasing relative rotation.
The regression function for the secant stiffness given in
Eurocode 5 for ultimate limit states was found to
overestimate the stiffness of 12 mm dowel connections,
while the stiffness of 20 mm dowel connections was
reasonably described. However, the assumption of linear
elasticity and ideal plasticity was found to be in
contradiction to the experimentally observed non-linear
slip curves of both single-dowel and multi-dowel
connections.
Through the hierarchically organized experimental
campaign, using a full-field deformation measurement
technique, load distribution effects could be related to
the orthotropic material behaviour of wood expressed in
terms of load-to-grain angle dependent slip curves of
single-dowel connections, including displacement
hardening effects when loaded with an angle or
perpendicular to the grain. Component characterization
complemented the experimental campaign and opens up
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modelling possibilities in terms of a multiscale
mechanical model for dowel connection combining
single-dowel [3,11] and dowel group models [10].

ACKNOWLEDGEMENT

The authors gratefully acknowledge the financial support
of the Austrian Research Promotion Agency and the
wood industry partnership Building with Wood within
CEI-Bois for funding the research work within project
MechWood 2. This work forms part of that project.
The MechWood 2 research partners.

REFERENCES

[1] T.K. Bader,
M. Schweigler,
G. Hochreiner,
E. Serrano,
B. Enquist,
M. Dorn.
Dowel
deformations in multi-dowel LVL-connections
under moment loading. Wood Mater Sci Eng 10(3):
216-231, 2015.
[2] T.K. Bader,
M. Schweigler,
G. Hochreiner,
B. Enquist, M. Dorn, E. Serrano. Experimental
characterization of the global and local behavior of
multi-dowel LVL-connections under complex
loading. Mater Struct 2015.
[3] T.K. Bader, M. Schweigler, E. Serrano, M. Dorn, B.
Enquist, G. Hochreiner. Integrative experimental
characterization and engineering modeling of singledowel connections in LVL. Constr Build Mater
107:235-246, 2016.
[4] K.W. Johansen. Theory of timber connections, in:
International Association for Bridge and Structural
Engineering (ABSE) Pub. 9, 1949, 249–262.
[5] EN 1995-1-1:2004 + AC:2006 + A1:2008,
Eurocode 5: Design of Timber Structures – Part 1-1:
General–Common Rules and Rules for Buildings,
European Committee for Standardization (CEN),
Bruxelles, Belgium, 2004.
[6] R. Foschi. Load-slip characteristics of nails. Wood
Science 7(1):69-76, 1974.
[7] S. Thelandersson
and
H.J. Larsen.
Timber
Engineering, John Wiley & Sons Ltd, England,
2003.
[8] P. Racher. Moment resisting connections. Lecture
C16 in Timber Engineering STEP 1, Centrum Hout,
The Netherlands, 1995.
[9] S. Ormarsson, M. Blond. An improved method for
calculating force distributions in moment-stiff
timber connections. Proceedings of the World
conference on Timber Engineering 2012 Auckland,
New Zealand, 2012.
M. Schweigler,
G. Hochreiner,
[10] T.K. Bader,
J. Eberhardsteiner. Berechnungsmodell für das LastVerformungsverhalten von Stabdübelgruppen im
Ingenieurholzbau, in Berichte der Fachtagung
Baustatik-Baupraxis 12, TU München, pp 113–121,
2014 (in German).
T.K. Bader,
G. Hochreiner,
[11] M. Schweigler,
J. Eberhardsteiner. An engineering modeling
approach for the non-linear load-displacement
behavior of single-dowel connections – parameter
study. Proceedings of the World conference on
Timber Engineering 2016 Vienna, Austria, 2016.

WCTE 2016 e-book | 221

EXPERIMENTAL STUDY OF END GRAIN EFFECTS IN TIMBER JOINTS
UNDER UNIAXIAL COMPRESSION LOAD
Martin Cepelka1*, Kjell Arne Malo1
ABSTRACT: In the present study, the influence of end grain effects on strength and deformation characteristics for
structural timber joints is studied. Two series of test configurations were tested. The first configuration consisted of two
timber specimens with direct contact of end fibers. In the second configuration, a steel plate was placed in between the
timber specimens. Both configurations were tested under uniaxial compression load parallel to the grain. The obtained
results in form of capacity, initial slip, elastic surface contact stiffness and ductility factor from the respective test
configurations were mutually compared. Spring stiffness model has been developed in order to quantify the surface
contact stiffness. Deformation of interface area of timber-timber configuration was characterized by crushing of end
fibers. The deformation pattern at the timber end faces related to crushing was described. The experiments revealed that
the timber-timber configuration yielded slightly better results than the timber-steel-timber configuration regarding both
strength and deformation properties.
KEYWORDS: timber joints, compression parallel to the grain, deformation properties, crushing of end fibers

1 INTRODUCTION 123
In various types of structural timber joints, elements are
assembled lengthwise end to end. Examples of such
joints are presented in Figure 1. In case of a dominating
compression force, it is advantageous to transmit the
compression force directly from one element to another
by contact of end faces. It is then a choice of the
designer whether the interconnected elements have direct
timber to timber contact, or whether some supplementary
agent (typically epoxy mortar Figure 1 (a) and (c), or
steel plate Figure 1 (b)) is used between the two timber
elements. Besides consideration of strength and
deformation properties, the decision is taken based on
several practical factors i.a. building and cutting
tolerances, assembling techniques and not least
durability issues. Epoxy mortar is often used in details in
timber bridges due to ease of application. However, there
have been reported cases with poor joint durability [1].
Example of epoxy mortar pushed away from joint is
shown in Figure 1 (c). Deterioration of mortar allows
water leakage into gaps between timber elements
causing fast decay development and eventually joint
damage. CNC cutting machines allow nowadays for very
precise manufacturing of timber interface planes.
Omitting any intermediate agent (with generally very
different properties from timber), and having timber
faces in direct contact is thus apparently promoted.
1

Department of Structural Engineering, NTNU, Norwegian
University of Science and Technology
*
Corresponding author, martin.cepelka@ntnu.no

Figure 1: (a) truss node joint at upper chord of Flisa Bridge in
Norway, (b) splice connection with intermediate steel plate in
Gudvangen bridge in Norway, (c) truss node joint at upper
chord of Skubbersenga Bridge in Norway
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In the presented paper, the main focus is laid on
investigation of strength and deformation characteristics
of end joints under compression. The main motivation is
to study whether avoiding an intermediate plate or
mortar between timber elements results in a decrease of
strength or/and stiffness. The investigation dealt with a
study of end fibers crushing at timber end faces, and its
influence on the joint properties. The term crushing is
here used to characterize the local deformation at the two
timber end surfaces (normal grain) mutually compressed.

2 TEST PROCEDURE
The tests were carried out at the laboratory of Norwegian
Technical University, Department of Structural
Engineering. The test procedure followed EN 408 [2],
where the guidance given for determination of
compression strength parallel to the grain was adopted.
2.1 DIMENSIONS, SAMPLING AND MATERIAL
PROPERTIES
Dimensions of specimens were chosen to represent
closely the actual problem in timber structures. The
specimens had rectangular cross-section of 130x130
mm2 and length along the grains was 300 mm. EN 408
[2] recommends the height of test pieces being six times
the smaller cross-sectional dimension. This would
however yield very large length without any practical
benefit since the focus in the current test is on behaviour
of timber interface area. The length was thus chosen to
allow development of compression kinkband failure
mechanism, and to accommodate measuring devices. A
side benefit of rather large timber dimensions is reduced
influence of local timber defects (knots) on a global
behaviour.
The timber specimens were sawn from glulam beams of
quality GL30c (ref. EN 14080 [3]). The glulam was
fabricated of 45 mm thick lamellas of Norwegian spruce
(picea abies). Each specimen thus consisted of three
lamellas.
In total 48 timber specimens were prepared. Individual
specimens were randomly paired for each test. The
lamellas in each pair of specimens were positioned
mutually parallel. Furthermore, in the test series of
timber-timber contact, a parallel orientation of annual
rings of laminations was assured.
2.2 MOISTURE CONTENT AND DENSITY
Both the glulam beams and the sawn specimens were
conditioned at the standard environment of 20 ºC and 65
% relative humidity. Moisture content (MC) and density
(ρ) of specimens were monitored at two stages. First,
prior to testing, moisture content at 4 faces of each
glulam specimen was measured and density at the actual
moisture content was determined. Second, after each
test, determination of MC and ρ by oven-drying method
according to ISO 13061-1 [4] and 13061-2 [5]
respectively was carried out on three timber pieces sawn
from each test specimen so as each lamella was
represented. Both density at moisture content ρW (conf.

Table 2 MC corresponded to approx. 11 %) and density
in the absolutely dry condition ρ0 were determined. In
total 144 timber pieces were thus examined by ovendrying method. Results of measurements are presented in
Table 1 and Table 2.
Owing the conditioning of specimens, the measured MC
exhibited low deviations from the standard value of 12
%. Measured density at MC (approx. 11 %) ρW could
therefore be directly compared to requirements
standardized for density at 12 % MC in EN 14080 [3].
Good agreement was found both for values of glulam
and laminations. Observed normal distribution of density
and amplitudes of COV agree also well with expected
values provided by JCSS [6].
Table 1: Results of density at MC (approx. 11%) ρW
measurement on glulam specimens and sawn pieces

Glulam
spec.1)

Mean
spec. 2)

All sawn
pieces

ρ12
EN14081

[kg/m3]

[kg/m3]

[kg/m3]

[kg/m3]

p5

456

410

384

390

Mean
St.dev.

479

442

442

430

19
22
37
COV
4.0 %
5.0 %
8.4 %
1)
determined on glulam specimen prior to testing
as a mean of measurements on 4 faces
2)
determined by oven-drying method as a mean from
sawn pieces for respective lamellas in specimen
Table 2: Results of moisture content measurement on glulam
specimens and sawn pieces

Glulam
spec.1)

Mean
spec. 2)

[%] 1)
[%] 1)
Mean
11.3
11.1
St.dev.
0.6
0.5
COV
5.6 %
4.7 %
1) , 2)
see notes below Table 1

All sawn
pieces
[%] 1)
11.1
0.7
6.2 %

2.3 EXPERIMENTAL SET-UP
The experimental set-up is shown in Figure 2. Due to
large cross-sectional area and high resistance of timber
in compression parallel to the grain, a hydraulic actuator
with force capacity of 1000 kN was used. The maximum
applied force was typically in the range 500-600 kN. A
deformation controlled loading with constant rate of
0,015 mm/s was used in order to reach maximum applied
force within 300 s.
Two series of test configurations were tested under
uniaxial compression parallel to grain. Each test series
comprised of 12 individual tests. In total 24 tests were
carried out. The first configuration consists of two
timber specimens placed on top of each other with direct
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contact of end faces (denoted as “T-T” configuration).
The upper specimen is denoted as “U”, the lower as “L”.
In the second configuration, a 10 mm thick steel plate
was placed in between the timber specimens (denoted as
“T-S-T” configuration). Both configurations were tested
using the same test procedure. The assembled pair of
timber specimens was in the test set-up placed between
two steel plates. A spherically seated loading-head was
installed on the upper steel plate, which permitted centric
application of the compressive load. Furthermore,
special care was taken during the production of the
specimens to ensure that upper and lower faces were
sawn plane, parallel to one another and perpendicular to
the axis of specimen.
Displacements were monitored by 8 LVDTs
(displacement transducers). The locations of the
transducers are shown in Figure 3. Two transducers were
attached to each specimen (U, L) at two opposite faces
denoted as 1 and 3 (transducers are consequently
denoted as U1, U3 and L1, L3). Four other transducers
were positioned at each face (1-4) spanning the interface
between the specimens (transducers are denoted as M1M4).

Figure 3: Location of displacement transducers

3 RESULTS AND DISCUSSION
3.1 MODES OF FRACTURE

Figure 2: Test set-up: (a) detail of T-T configuration, (b) detail
of T-S-T configuration, (c) overall view of loading device

All tests showed ductile behaviour, which is
characteristic for compression parallel to the grain as
recently declared among others by Dahl [7] and André et
al. [8].
No distinctive difference in the modes of fracture
between the two configurations could be observed. The
specimens failed always by local compression failure of
fibres throughout kinkband propagation. The fracture
location along specimen was random and typically
related to occurrence of knots. In some cases a secondary
effect of splitting along the fibres occurred at high levels
of loading and after the ultimate load had been reached.
For all T-T test specimens, fiber crushing at the end
faces was observed. However, the magnitude of
deformation varied significantly in the different tests.
The development of local failure at end faces can be
associated with the principle of least resistance. The
compression failure occurs always at the weakest spot of
the specimen. If the specimen fails at a distant location
from the interface, a kinkband fracture begins to develop
with low levels of deformation at the interface. The
loading energy is consequently absorbed without further
development of crushing at the interface zone.
As for T-S-T tests, failure occurred at various locations
also for T-T configuration. Hence, the tests showed that
the interface zones are not in general the weakest part.
For T-T tests with intensively developed crushing, a
ductile behaviour with a slow decrease of force was
observed at the interface. Example of force-displacement
curves of a test with characteristic ductile behaviour is
presented in Figure 7. The deformation at the interface
during the same test and the corresponding deformation
pattern at end faces are shown in Figure 4.
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Figure 4: Example of end fibers crushing: (a) deformation of
face 3 and 4 during test, (b) deformation pattern at end faces
after test (view from face 3)

The observed crushing of end fibers was associated with
a particular deformation pattern at the end faces. By
closer inspection, it was evident that the deformation
pattern was formed as a lattice created by mutual
interference of over-passing annual rings of upper and
lower specimens. Due to a generally higher density of
latewood relative to earlywood, it was the latewood part
of annual rings, which was being pressed into the
earlywood zone of the companion specimen. Earlywood
zones of both specimens were simultaneously crushed
against each other so that a kind of sunken region was
created. Extent of deformation was not uniform within
the entire plane. In some areas, it was the fibres of upper
specimen predominantly crushed into the lower
specimen, whereas elsewhere the contrary applied.
Based on observation of difference in deformation
between latewood and earlywood, it is reasonable to
suppose that development of the deformation pattern is
governed by a ratio of respective local densities.
The deformation pattern is visually demonstrated in
Figure 5, and bears a close resemblance to water
patterns. The photo was taken on specimens from a
preliminary test that had been carried out prior to the
main test. Annual rings at the end faces of both
specimens are heading from left to right side of the
picture. Figure 5 (b) shows a schematic illustration of the
deformed area. Here, clearly, both earlywood and
latewood was crushed by the respective fibers of the
mutual specimen.

Figure 5: Deformation pattern at timber end faces: (a) photo
of pre-test specimens after test, (b) schematic illustration

The pre-test specimens were produced from the same
glulam beams. The dimension was 40/40 mm in cross
section and 120 mm in length along grains. The pre-test
procedure was similar to the main testing, except that
only logging of the load actuator was used to monitor
force-displacement characteristics. The results followed
the same trend as that obtained from the main test.
3.2 STRENGTH AND DEFORMATION
CHARACTERISTICS
Strength and deformation characteristics of the interface
zone connecting the two specimens were of main
interest.
The evaluation of capacity in compression parallel to the
grain is summarized in Table 3. The capacity was simply
determined as ultimate load acting at the nominal crosssectional area of the specimens. Results for all tests
sorted in increasing order are presented in Figure 6.
Table 3: Summarized test results of capacity in compression
parallel to the grain

Conf.

Mean

p5 (1)

St. dev.

COV

T-T

[MPa]
33,6

[MPa]
30,5

[MPa]
1,7

[-]
0,051

T-S-T
33,3
29,0
2,3
(1)
According to EN 14358:2006 [9]

0,069

WCTE 2016 e-book | 225

It can be concluded that there is no apparent difference
in capacity measured in the respective test
configurations. Both the mean and the 5th percentile (p5)
were slightly higher for T-T results. Simultaneously, T-T
results were in addition more clustered around the mean,
leading to lower standard deviation. The results for both
configurations fitted well to a lognormal distribution as
proposed in [6].
The procedure in EN 14358 [9] was followed to
determine the characteristic strength in compression
parallel to the grain fc,0,k. The determination was based
on all tests in both T-T and T-S-T configuration. The
obtained strength fc,0,k of 29,9 MPa was 22 % greater
than the standardized value for GL30c in EN 14080 [3]
of 24,5 MPa.

the specimens. The deformation parameters of the
interface area were thus derived solely from
measurements by LVDTs.
Force-displacement curves obtained by LVDTs could
directly be used since deviations in dimensions of
specimens were negligible and initial lengths, over
which displacements were monitored, were kept
constant. See Figure 7 and Figure 8 for representative
examples of force-displacement curves of T-T and T-S-T
configuration respectively. For notation of transducers
see Figure 3.

600
40

T-T

T-S-T

500

30
Force F [kN]

Capacity [MPa]

35
25
20
15
10

400

L1
L3
U1
U3
M1
M2
M3
M4

300
200
100

5
0

Results of all tests

0

0

5
T-T

T-S-T

3

700

2

600
500

1
0

2

Figure 7: Example of force-displacement curves monitored in
one test of T-T configuration

29-30,5 30,5-32 32-33,5 33,5-35 35-36,5
Capacity [MPa]

Figure 6: Results of capacity in compression parallel to the
grain for all tests

For each test, 8 load-displacement curves were recorded
corresponding to each displacement transducer in
addition to the load cell. Since the monitored stiffness in
compression parallel to grain is rather large, the
corresponding displacements are in the range of fraction
of millimetres. Hence, the accuracy of the displacements
measured from the load actuator are affected by
clearances in contact zones of all interacting elements
and are somewhat higher than the true deformation of

Force F [kN]

Frequency

4

0.5
1
1.5
Displacement ∆ [mm]

L1
L3
U1
U3
M1
M2
M3
M4

400
300
200
100
0

0

0.2

0.4
0.6
0.8
Displacement ∆ [mm]

1

Figure 8: Example of force-displacement curves monitored in
one test of T-S-T configuration
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Considering Figure 7 and Figure 8, three clear trends can
be observed. The interface values (M) are characterized
by a distinct initial slip, elastic stiffness (slope of the
curves) at the interface is lower than stiffness at the
specimens (U, L) and the post-elastic behaviour can vary
significantly for different tests. Following the mentioned
trends, the evaluation of deformation characteristics at
the interface was carried out in corresponding steps
yielding three independent parameters: initial slip, elastic
stiffness and ductility factor.
Figure 9 presents mean values of displacements
measured at interface (M1-M4) for all tests. Clearly, the
T-S-T configuration was characterized by a higher initial
slip.
Figure 10: Schematic visualization of problem simplification
for evaluation of elastic contact stiffness at interface

700

Displacements monitored by LVDTs at the interface ∆M
(considered as a mean of measurements on all 4 faces)
involve 4 contributions: displacements due to
deformation of the part of upper ∆U and lower ∆L
specimen, displacements by initial slip ∆i and
displacements due to contact at end grains ∆C. This
equality is given by:

600

Force F [kN]

500
400

Δ M = ΔU + Δ L + Δ C + Δi

300
T-S-T av.M1-M4
200

(1)

By assuming a material homogeneity along the entire
specimen, eq. (1) takes following form:

T-T av.M1-M4

100
0

ΔC = Δ M − Δi −
0

0.5
1
1.5
Displacement ∆ [mm]

2

Figure 9: Force-displacement curves for all tests as mean
values of displacements at the interface (M)

The initial slip was determined according to ISO 6891
[10] for displacements at 0,2 Fmax. Mean of displacement
measurements from all 4 faces were used (M1-M4). The
evaluation of initial slip is summarized in Table 4. The
T-S-T configuration showed in average 33 % higher
initial slip.
Table 4: Summarized results of evaluation of initial slip

Conf.

Mean

St. dev.

COV

T-T
T-S-T

[mm]
0.20
0.26

[mm]
0.02
0.05

[-]
0.12
0.19

In order to determine elastic surface contact stiffness at
the interface of upper and lower specimen, a linear
spring model was adopted. The simplification of the
actual physical problem into spring model is presented in
Figure 10.

F ⋅ LU
F ⋅ LL
−
AU ⋅ EU AL ⋅ E L

(2)

Where F is the applied force corresponding to
displacement ∆M , AU, AL and EU, EL are cross sectional
area and moduli of elasticity of the upper and the lower
specimen respectively, and LU, LL are reference lengths
(ranges) on the parts of upper and lower specimen
respectively.
The moduli of elasticity for respective specimens were
determined from measurements at unspliced part of
upper and lower specimen (U,L) by:

E=

k ⋅l
A

(3)

where A and l are cross sectional area of specimen and
length (range) on which the displacements were
monitored respectively. The spring stiffness k is found as
a mean of measurement at face 1 and 3 by:

k=

Fupper − Flower
Δ upper − Δ lower

(4)

where Fupper - Flower is the increment of load on the
straight line portion within an elastic zone and ∆upper ∆lower is the corresponding increment of deformation.
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Upper and lower boundaries were optimized for each test
in order to fit the actual range of linear elastic zone.
Typically the linear range was between Flower = 0,3Fu and
Fupper = 0,6Fu, where Fu is the ultimate loading force.
The surface contact stiffness of the interface is finally
obtained by:

kC =

F
ΔC

(5)

Alternatively, kC can be obtained directly by relating
relative spring stiffnesses in series as:

kU ⋅ k L ⋅ k M
kC =
kU ⋅ k L − kU ⋅ k M − k L ⋅ k M

Table 5: Summarized results of evaluation of stiffness at
interface by surface contact stiffness kC

Conf.
T-T
T-S-T
(1)

COV

[kN/mm]

[kN/mm]

[kN/mm]

[-]

2796
2780

1740
1569

630
771

0,225
0,277

Mean

p5 (1)

St. dev.

COV

[%]
[%]
[%]
T-T
53,1
39,6
7,3
T-S-T
53,4
39,0
7,7
(1)
According to EN 14358:2006 [9]

Efficiency factor η [%]

70
60

T-T

[-]
0,138
0,145

T-S-T

50
40
30
20
10
0

Results of all tests

6

The efficiency factor is defined as:

5

(7)

Evaluation of elastic stiffness properties at interface is
summarized in Table 5 and Table 6. As explained
earlier, the relative comparison of results is more
appropriate by the efficiency factor. The efficiency
factor for all tests sorted in increasing order is presented
in Figure 11.
Results for η showed insignificant difference between
the respective configurations. While the mean was
slightly higher for T-S-T configuration, the characteristic
quantity (5th percentile) was on the contrary higher for
T-T configuration. Standard deviation and COV were
lower for T-T configuration. The results for both
configurations fitted well to a lognormal distribution as
proposed in [6] (conferring data for moduli of
elasticities). Also values of kC did not reveal any
significant difference between the two configurations
and again, T-T configuration yielded slightly better
results.

Frequency

kM
kU ⋅ k L
kU + k L

St. dev.

According to EN 14358:2006 [9]

Conf.

Where kU and kL represent spring stiffnesses of the part
of the upper and lower specimen respectively and can be
obtained by use of (3) and kM represents stiffness
corresponding to measured displacements ∆M and can be
obtained by use of (4).

η=

p5 (1)

Table 6: Summarized results of evaluation of stiffness at
interface by efficiency factor η

(6)

The surface contact stiffness represents a useful
parameter since it can be applied as input to numerical
models. However, kC depends in its magnitude on
particular respective E-moduli of specimens. It is
therefore unsuitable for relative comparison of stiffness
characteristics at interface with focus on different test
configurations. Hence, for relative comparison, an
efficiency factor η is introduced. The efficiency factor
relates the measured stiffness at interface kM to a
theoretical case of completely rigid contact (i.e. η=100
%).

Mean

4

T-T
T-S-T

3
2
1
0

40-46 46-52 52-58 58-64 64-70
Efficiency factor η [%]

Figure 11: Results of efficiency factor η for all tests

While the low values of efficiency for T-T configuration
can be explained by the clearly observed crushing of end
fibers, interpretation of results of T-S-T configuration is
more uncertain. No violation on planes of the end
surfaces at contact with steel plate could be observed in
any test. The possible explanation is that, in contrast to
the direct contact of timber faces, the application of steel
plate involves one more contact plane. Transfer of force

WCTE 2016 e-book | 228

is then carried out at two steps, each of them with a
certain degree of imperfections and clearances. The
preceding statement is supported by the observed higher
initial slip for the T-S-T configuration (see Table 4).

F
Δ p = Δ M − Δi − Δ e = Δ M − Δi −
kM

(8)

Recall that F is the applied force corresponding to
displacement ∆M and kM represents the elastic stiffness
corresponding to measured displacements ∆M.
The force-displacement curves for permanent
displacements for all tests are presented in Figure 12. It
is evident that for some of the T-T configuration
specimens where the fracture occurred at the monitored
interface area, the post-elastic behaviour was rather
ductile.
The ductility factor was obtained by relating the
permanent deformation at maximum load Fu to the
elastic deformation at the same load:

Due =

Δ pu
Δ eu

=

Δ pu
Fu
kM

(9)

The evaluation of ductility factor is summarized in Table
7. The ductility factor for the T-T configuration was
approx. 2,5 times higher compared to the T-S-T
configuration.
Table 7: Summarized results of evaluation of ductility factor

Conf.
T-T
T-S-T

Mean

St. dev.

COV

[-]

[-]

[-]

0.75
0.29

0.40
0.16

0.53
0.55

600
500
Force [kN]

The evaluation of post-elastic behaviour of the interface
area is carried out on the basis of a level of ductility. It
must be pointed out that the post-elastic displacements
monitored by LVDTs at the interface (M) are related to
the place of occurrence of fracture within the specimen.
As was explained earlier, if fracture occurred outside the
monitored range, the permanent displacements
monitored by the LVDTs did not represent real postelastic behaviour at the monitored location. It was
however found useful to evaluate a possible trend
towards particular behaviour provided by relatively high
number of specimens.
The ductility evaluation was carried out according to
data treatment suggested by Malo et al. [11].
The permanent displacements at the interface ∆p are
obtained by deduction of elastic part of displacements ∆e
and the initial slip ∆i by:

700

400
300
200
100

-0.50

T-S-T av.M1-M4
T-T av.M1-M4

0
0.00
0.50
1.00
1.50
Permanent displacement ∆p [mm]

2.00

Figure 12: Force-displacement curves for permanent
displacements at the interface for all tests

Capacity (σmax) and elastic stiffness obtained from
displacements of the load actuator (ktot) were related to
measured density (ρ) of specimens. The relations are
plotted in scatter diagrams in Figure 13. The results
showed a positive correlation both for T-T and T-S-T
configuration. For density/capacity relation correlation
coefficients were determined as rρ,σmax = 0,69 and rρ,σmax
= 0,62 for T-T and T-S-T configuration respectively.
The elastic stiffness obtained from displacements of the
load actuator represents a global response of the entire
system of 2 timber specimens and the interface area. The
corresponding correlation factors were found as rρ,ktot =
0,70 and rρ,ktot = 0,46 for T-T and T-S-T configuration
respectively. The density was assumed as a minimum of
upper and lower specimen for density measured prior to
test on glulam specimens (see Table 1 for details). The
obtained values of r were in good agreement with JCSS
[6] and Dahl [7].
Due to dependence on local properties of earlywood and
latewood at interface, correlation between measured
density and deformation characteristics of interface area
is somewhat more uncertain. Nevertheless, it is
interesting to mention that there was observed a negative
correlation with rρ,η = - 0,43 and rρ,kC = - 0,29 for T-T
specimens when pairing efficiency factor η and stiffness
kC with measured density. Corresponding rρ,η/kC for T-ST configuration did not show any trend.
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Post-elastic behaviour: For T-T tests with intensively
developed crushing of end fibers, a ductile behaviour
with a slow decrease of force was observed at the
interface.

T-S-T

34

ACKNOWLEDGEMENT

32
30
28

400

ktot [kN/mm]

195

450
ρ [kg/m3]

T-T

185

500

REFERENCES

T-S-T

175
165
155
145
135

400

450
ρ [kg/m3]

This work was funded by the WoodWisdom-Net+
project DuraTB (“Durable Timber Bridges”) and the
support from the funding bodies and partners is
gratefully acknowledged.

500

Figure 13: Scatter diagrams for density (ρ), capacity
(σmax) and elastic stiffness obtained from displacements
of the load actuator (ktot)

4 CONCLUSIONS
End grain effects in timber joints under uniaxial
compression load were studied. Two test configurations
were tested. Half of the tests were set-up as a direct
timber to timber contact (T-T configuration), whereas
the remaining half of tests contained steel plate in
between the mating wooden surfaces of the tested splice
connection (T-S-T configuration).
For all T-T tests, fiber crushing at the end faces
characterized by a particular deformation pattern was
observed. However, based on the measured capacity and
stiffness properties of the respective configurations, it is
evident that neither strength nor contact stiffness at
interface is enhanced by the application of a contact steel
plate. Furthermore, tests with the intermediate contact
steel plate were characterized by higher initial slip and
less ductile post-elastic behaviour.
The following results can be highlighted:
Capacity: Very similar results were obtained for the two
respective configurations.
Elastic stiffness of the interface area: Surface contact
stiffness kC and efficiency factor η have been introduced
in order to describe the stiffness properties. Results
showed insignificant difference between the respective
configurations.
Initial slip: T-S-T configuration showed in average 33 %
higher initial slip compared to T-T configuration.
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CHARACTERIZATION OF ADHESIVELY BONDED WOOD STRUCTURES
BY ELECTRICAL MODIFICATION OF THE BONDING SYSTEM

Christoph Winkler1, Ulrich Schwarz1
ABSTRACT: Structural changes like deformations and crack growth in polymers, filled with electrically conductive
particles can be measured by resistography. Accordingly, the polymeric adhesive layers in glued-laminated timber
should be usable for characterization of the wooden structures and the integrity of the bondline. The described research
of the last years – partly described on different conferences in 2012 to 2016, refined and extended - addresses the
question, if electrically conductive adhesives can be used to characterize structural changes of wooden structures.
Electrical conductive adhesives have been modified with carbon based fillers to use the bondline as a sensor in layered
wood structures. Laboratory scaled samples were prepared and tested in different load and climate conditions to proof
the usability of the conductive adhesive for measurement purposes. The results are showing a correlation between
displacement and DC resistivity. Further, the signals also allow a separation among the different kinds of stress states.
By varying the contact points of the resistivity measurement it was also possible to monitor the wood moisture.
KEYWORDS: Electrical conductive adhesives, engineered wood, characterization, strain measurement

1 INTRODUCTION 123

2 STATE OF THE ART

Polymeric layers filled with electrically conductive
particles are used as sensorial material for measuring
deformation (i.e. pressure sensitive, tactile robotic
hands) and crack growth (i.e. in fiber reinforced plastics)
[1,2]. In engineered timber elements, the general health
state can be evaluated with the knowledge of the history
of deformations, damage growth in the adhesive joints
and wood moisture [3]. Additionally, wood adhesives
exhibit imperfections due to curing in the adhesive
bondline, which is shown by different works [4,5]. These
imperfections can also influence the resistance of the
bondline. This idea of the usability of sensorial polymers
has been followed by modification of different adhesives
with carbon based filler materials to investigate the
sensorial potential of the bondlines in engineered wood
structures. In modern timber elements the adhesive layer
is used to homogenize the material and enhance the
mechanical properties. By using this layer, no further
integration of sensors is required and therefore structure
monitoring can become an economic option even for
smaller projects, enhancing the safety.

2.1 Electrical conductive adhesives

1
Eberswalde University of Sustainable Development,
christoph.winkler@hnee.de

The dispersion of electrical conductive fillers into an
adhesive matrix decreases the resistance by building a
conducting network. The correlation of resistance and
filler content is described by a percolation function with
a material-mix specific threshold. At this threshold, the
formation of a conductive network changes the
resistance significantly, compared to the over- and
under-percolation range [6]. The underlying percolation
model has been extended to the tunnel-percolation model
(TPM) [7], where a small distance of insolating polymer
can be bridged by quantum tunnelling. The percolation
function itself can’t be calculated and has to be
determined by experiments. Figure 1 shows two example
percolation functions. Influences on the percolation
function are the properties of polymer (chemistry,
morphology) and filler (wetting, surface chemistry) as
well as the processing parameters, especially the induced
shear forces [7,8]. Different techniques can be used for
mixing and homogenization of conductive adhesives,
including ultrasonication bath, ultrasound sonotrode, a
dual asymmetric centrifuge, mechanical stirring,
calendaring or a microfluidizer [9].
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could help measuring the electrical resistance deep in the
wooden structure.
Damage in bondlines through opening and growing of
cracks is based on deformation induced stress. During
the curing process, shrinking stresses are caused due to
emission of solvents and low solid content. After curing,
the swelling and shrinking of wood causes stress in the
bondline. Figure 2 displays two examples for damage in
adhesive layers.

Figure 1: Illustration of two percolation functions from
different fillers (electrical resistivity as function of
filler content [10]

2.2 Indirect measurements by electrical conductive
adhesives
Indirect measurements, which use the resistance change
in the polymeric adhesive layer, utilize the sensitivity of
the material to the target value. Usually, the
measurement is influenced by different noise signals.
The usability of a measurement material requires a small
noise, while maintaining the target measured value the
crucial one.
Different target values are the deformation of the
adhesive layer, the humidity measurements and damage
in bondlines.
Theories regarding the resistance change due to
deformation (sometimes called piezoresistive response)
of conductive filled polymers have been covered by
different authors [11–14]. The change of particle-particle
distance by compression of the polymer is therefore
based on elastomer matrix polymers. Additionally Weiß
showed an influence through the roughness of the
polymer-electrode contact area, which is only valid for
non-bonded polymers and if the compressive force is
perpendicular to the contact area [13].
Overall, the electrical conductive polymer has a
resistance, which is defined by its shape and dimensions.
Change of the cross section through stretching or
compression will change the metered bulk resistance.
The wood moisture measurement is crucial for structure
monitoring as the strength of wood depends strongly on
the wood moisture level. Wet wood with a moisture level
above 15% is threatened by decay through fungi.
Therefore, the moisture content and their history is a
strong indicator for the health state of wood. The
preferred method for moisture measurement of wood is
made by driving nail electrodes into wood and measure
the resistance between them. For a long term monitoring
this method has been expanded be electrical conductive
adhesive connection at the electrode tips [15]. This
method helps to eliminate the resistance changes due to
contact problems at the electrodes, especially through
wood swelling. Alternating the adhesive along the
bondline together with an array of contact electrodes

Figure 2: (top) cracks and imperfections in the bondline of
UF [16], (bottom) curing cracks in electrically
modified 1K-PUR (black area), the scales
correspond to 1 mm

With connection between the conductive particles and
the polymeric matrix, the resistance will increase with
growing number of cracks. The crossing of measurement
range into isolating resistance can be assumed as a
failure criterion. In the case of a loose particle-polymerbond, a decrease of resistance could be addressed to a
migration of the particles in the polymer matrix. This
migration can be amplified by the metering voltage or a
matrix deformation. Then, the failure of electrical
resistance doesn’t correlate with mechanical failure [12].
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3 EXPERIMENTS
3.1 MATERIALS AND PREPARATION
Different adhesive systems for structural applications
have been modified with carbon based conductive fillers,
which are displayed in Table 1.
Table 1: Adhesive/filler used for characterisation:
MUF = melamine-formaldehyde-resin, PU = 1KPolyurethane, CNT = carbon nanotubes, C = carbon
black, G = graphite, F = carbon fibre

ID
1
2
3
4
5
6
7
8
9

Adhesive / Filler (wt.%)
MUF / CNT (5)
MUF / C (5)
MUF / G (5)
MUF / F (5)
PU / G (5)
PU / F (5)
PU / C (5)
PU / CNT (5)
PU / C (2.5) + CNT (2.5)

Two adhesive systems were used, a melamineformaldehyde-resin (MUF 1251/7551, Akzonobel) and a
1K-PUR (JOWAPUR 686.60, Jowat). Used fillers were
carbon fibres (Donacarbo S244, ASK Chemicals),
graphite (Timrex KS75, TIMCAL), CNT’s (Baytubes C
150 P, Bayer) and carbon black (Ketchenblack EC-300J,
Akzonobel). The mixing and homogenization were done
by a 3-roll mill [6], using the settings according to Table
2.
Table 2: 3-roll mill settings for mixing and homogenization

Setting
Modell
Roll diameter
Roll length
Speed ratio
Roll material
Iterations
Clearance 1. gap
2. gap
Temperature

parameter
Exakt 35
35
100
2.9 : 1.7 : 1
Hard-porcelain
3
150 / 50 / 50
50 / <30 / <30
25±1 °C

From these adhesives layered wood samples (beech,
fagus sylvatica L.) have been produced. The contact
between adhesive and resistometer probes was obtained
by contact clamps and glued-in copper electrodes.
Measurements used the 2-point measurement method as
the measured resistance exceeds the cable and contact
resistance by more than 3 decades.
To calculate the specific resistance all but the thickness
of the adhesive layer was measurable (see Figure 3). The
picture displays the wood structure near the bondline and
the adhesive layer, where the adhesive layer differed in
thickness in two dimensions. For calculations, the
thickness has been assumed as 100 µm.

Figure 3: Cross cut of adhesive layer (1K-PUR + 5wt%
carbon black), wood (beech, Fagus sylvatica L.)
and adhesive-wood interface, magnification 100x

Figure 4 shows the specific resistance of all tested
combinations. Figure 5 displays the response of the two
systems with the lowest resistivity. Based on these
results the dispersion of 5wt% carbon black
(Ketchenblack EC300J) in 1K-Polyurethane (Jowapur
686.60) has been used for sample production of further
investigations.
specific resistance (Ωm)
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Figure 4: Specific resistance of adhesive-filler combinations
(5 wt.%) in layered wood, the abbreviations refers
to Table 1

Figure 5: Measured response of carbon black filled MUF
and PU (relative resistance change from bending
load)

The bending and shear test samples all followed the
same production steps, while the dimensions varied due
to the test space in the different test machines and
climate chambers. The bending samples consisted of 3
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wooden layers (beech, fagus sylvatica L.) to get a
bondline above and below the neutral bending line.
Shear samples were produced according to DIN EN 302.
Quasi-static mechanical tests were performed by a selfbuild testing machine [17,18] in climate controlled
conditions. After refining the test machine, it was
possible to use an optical DIC system (GOM) to measure
in-plane deformations of the samples as well as
deformations near the bondline.
The evaluation of damage in the bondline was
approached by fatigue tests with bending samples [19].
The used test machine has been a Shimadzu EHF-L
(20kN, controller 4830).
The samples were loaded with a rising threshold level in
one direction, increasing the threshold by 27.5 N and the
amplitude by 22.5 N per load level. Each load level was
held 400 s at a frequency of 2 Hz. The material reaction
was recorded by resistography (NI myDAQ, 1mA
metering voltage), extensometry (traverse way) and
thermography (thermoIMAGER TIM 160, Micro
Epsilon).

Table 3: Sample variations for samples described in Figure 6

Sample ID
W-c-c
W-c-i
P-c-c

Adherent
wood
wood
PMMA

Adhesive
U
V
conductive conductive
conductive
insulating
conductive conductive

3.2 Results
3.2.1 Quasi-static testing
First tests in 2010 used 3-point bending tests as a typical
load situation in timber construction. In these tests, the
deflection and resistance of the bondlines has been
correlated. Figure 7 shows the deflection and the
bondline resistance of the joint above and below the
neutral bending line.

Layered samples made of either insolating plastic
(PMMA) or wood (beech, fagus sylvatica L.) as adherent
and different setups of bondlines has been produced to
evaluate the influence of humidity on the bondline
resistance [20]. Figure 6 and Table 3 show the sample
dimensions and differences in the composition. As
insulating adhesive, the 1K-PUR (JOWAPUR 686.60,
Jowat) has been used. Conductivity was reached with
3wt%
carbon
black
(Ketchenblack
EC-300J,
Akzonobel), mixed with the same 3-roll mill according
to Table 2, but only with two iterations. The samples
were then fixed, placed in a climate chamber and
contacted by a multiplexed digital multimeter, measuring
the resistance change with changing humidity. Parallel,
the wood moisture of two wooden samples from the
same log was measured by common needle electrodes
(Ahlborn FHA 636 MF).
Figure 7: 3-point bending: relative change of deflection and
DC resistance in both adhesive layers

Figure 6: Sample dimensions and setup for measurements of
humidity influence

The measurement shows a clear correlation of bondline
resistance and deflection, while the different trends of
resistance are reflecting the bondline position. While
above the neutral phase the resistance decreases, the
resistance below the neutral phase is increasing together
with the increasing deflection.
The explanation for this effect can be found in the stress
allocation of bending samples. The compression stress in
the upper joint is followed by a shortening and perhaps a
thickening of the adhesive layer, therefore the metered
resistance decreases. The joint below the neutral phase is
stressed in tension, which results in elongation and
thinning of the adhesive layer and therefore an increase
of resistance.
The difference of resistance development between
tension and compression zone has been proved by
realizing pure tension and compression tests on the
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modified bondline. The test results (Figure 8) supports
the conclusions of the bending discussion.

Figure 8: Relative change of DC resistance in dependence of
applied tension (top) and compression (bottom)
stress

The relative resistance change in the contacted bondline
for bending samples is clear, but very low. Further tests
on shear samples show a higher relative resistance
change. Figure 9 shows an example of the test results.

Figure 9: Relative change of DC resistance in the shear zone
in respect of the applied shear stress

Beside to the higher observed sensitivity of the modified
bondline to shear stresses, two additional phenomena
could be observed. Figure 9 makes the first phenomena

visible, the time delay of the resistance in respect to the
applied stress. Figure 10 display the second phenomena.
While the overall correlation of resistance and shear
stress remains constant, the absolute resistance level
rises with the amount of load cycles.

Figure 10: Change of DC resistance level as function of the
load cycles (resistance results smoothed)

3.2.2 Humidity influence
Two layer adherents bonded by a conductive adhesive,
which is contacted by electrodes, the measured
resistance is made of a parallel circuit of 3 resistors
(Figure 11). Wood changes its resistivity in dependence
of the humidity.

Figure 11: simplified model for layered wood, glued together
be electrical conductive adhesive

The different samples setups (Figure 6and Table 3) are
expected to exhibit different behaviour, when exposed to
humidity changes in the climate chamber. The resistance
of sample P-c-c (PMMA, bonded with conductive
adhesive) should only be affected by the water
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absorptive capacity of the modified adhesive and the
polymer adhesive, which is around 2wt% for PMMA
[21]. The configuration of W-c-i (wood with conductive
adhesive at the electrodes and insulation adhesive in the
centre layer) forces the conductive path through the
wooden adherents as the insulation adhesive in the centre
part hinders the power line of the digital multimeter.
This sample should measure the resistance of the glued
wood.
Sample W-c-c is subjected to all influences from
moisture changes in the adhesive and the wooden
adherents.
Figure 12 displays the change of wood moisture and the
change of resistance of sample W-c-i in respect of time.
Referring only to the measurable section of the
resistance measurement, the linear correlation coefficient
R of both measurements is 0.6755 (Figure 13).

Figure 12: Resistance change between glued in copper sheet
electrodes and wood moisture by a commercial
moisture meter

Figure 14 displays the measurements from wood and
PMMA, bonded with the conductive adhesive.
Sample W-c-c shows a ten times larger change of
resistance than sample P-c-c, which can be ascribed to
the higher moisture sorption of wood in contrast to
PMMA.
However, the positive trend of resistance with increasing
humidity seems to be confusing as it disagrees with the
typical behaviour of wood. Usually the resistance of Wc-c should decrease with increasing humidity as the
wooden adherents are more conductive due to the higher
moisture content.
In an older publication is shown that a reasonable cause
of this effect is the swelling of wood with increasing
moisture content [20]. The wood swelling due to
moisture content change will induce tension in-plane
stress. This tension stress leads to an in-plane strain of
the bondline and therefore exhibits a positive resistance
change.

Figure 14: Resistance change of bondline/adherents
combinations (Table 1) under climate change

3.2.3 Fatigue tests
Figure 15 gives an overview of the mechanical reaction
from the fatigue tests. The grey area spans the rising
threshold of the bending stress, displaying each load
level. With rising threshold, the material reaction can be
made visible by the deformation over time. When the
deflection of the beam rises during a load level, a plastic
deformation of the material can be assumed. The
viscoelastic properties of wood and the bondline can be
ignored at a load level time of 400 s. The slope of the
deflection in each load has been calculated by linear
regression. The calculated slope gives the point, were a
first plastic deformation of the material can be assumed.
The point of first damage is marked in Figure 15, Figure
16 and Figure 18.

Figure 13: Regression of resistance and wood moisture
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bending test
stamp

bending
sample
Figure 17: surface temperature distribution near the bending
test stamp at the load cycle 15000
Figure 15: stress amplitude, resulting deflection and the slope
of deflection as function of time in each load step

Figure 16 displays the results from thermography. After
the assumed point of first damage, the temperature in the
measured area at the point of maximal deflection rises to
140% of the base temperature. The rising temperature
consists of friction due to the bending test stamp (Figure
17) as well as thermic energy from damage in the wood
structure (from cracks and friction of shifting structure
elements).
This result therefore supports the assumption of plastic
deformation at the mentioned point of the fatigue testing.

Some load cycles after the assumed first damage the
resistance begin to increase. Two influences can be made
responsible for change of slope direction of the
resistance. First, the bondline under compression stress
is heated by friction near the bending test stamp as
shown in Figure 17. Second, the bondline is damaged
and therefore micro cracks decreases the contact points
between the percolation network and increases the
resistance.

Figure 18: stress amplitude in each load step and measured
DC resistance in the joints, stressed in tension /
compression
Figure 16: stress amplitude and surface temperature in each
load step

Measuring the resistance of the bondlines fits in the
results from the quasi-static tests. Figure 18 shows the
resistance change in the bondline, which are stressed in
tension and compression. The bondline in tension
features a clearly higher relative resistance change,
which rises with increasing deflection and stress. The
bondline resistance in compression is decreasing in the
beginning.

4 CONCLUSIONS
The results show, how to use electrical modified
bondlines as sensorial options to evaluate the condition
of layered glued timber elements. All the results are only
tested in laboratory condition; the transfer to real
application is not made, yet.
The tests show, that in quasi-static load, the strain of the
structure can be measured by resistography and the strain
direction can be divided through the slope of resistance
change.
The material reactions under dynamic fatigue stress
makes visible, that resistography of an electrical
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conducting adhesive layer in wood can be used for nondestructive evaluation of the damage grow in the
bondline.
After all, there are still some drawbacks, which needs
more research.
The results show that the resistance measurements with
the adhesive coupler and copper sheet electrodes are not
usable for reliable wood moisture measurements yet.
Improvements on the adhesive mixture and processing
could possibly help to overcome these problems.
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LOAD BEARING BEHAVIOUR OT SELF-TAPPING SCREWS IN LASERDRILLED GUIDEHOLES
Martin Trautz1, Christoph Koj2, Hermann Uchtmann3
ABSTRACT: Self-tapping screws, used as efficient reinforcements or connectors for timber and glulam structures,
tend to “stray” from the designated axis when long and slender screws are applied. To provide a highly precise
installation, the predrilling of guideholes using laser radiation has been examined. While laser cutting is already
common in machining thin wood-based panels (plywood, chipboard, etc.), laser drilling has not yet been applied for
higher drill depths. Based on preliminary tests, pulsed fibre laser radiation was used to drill through glulam species in
different angles to the wood fibre direction to examine the geometry and thermal modification of the boreholes.
Thereafter self-tapping screws were installed in the laser-drilled guideholes and their pull-out resistance was determined
in comparison to screws installed in mechanically drilled holes and screws installed without predrilling. The results of
the tests show the high potential for further development of this innovative wood processing method in timber
construction.
KEYWORDS: wood processing, laser drilling, self-tapping screws, pull-out strength

1 INTRODUCTION 123
In recent years continuously threaded self-tapping
screws (STS) have been utilised widespread for
strengthening and joining of timber structures. In
cooperation with SPAX® International GmbH and the
Institut of Building Materials Research (ibac), the Chair
of Structures and Structural Design at RWTH Aachen
University has developed a general design method for
reinforcements and connections of glued laminated
timber using STS [1], [2], [3]. The beam reinforcements
and rigid frame connections examined in these research
projects have imposed the need for longer screws which
is today met by a maximum available length of
1500 mm. The installation of long and very slender
screws generates problems with the precise positioning
inside the timber section.

The natural material wood is characterised by anisotropy
and inhomogeneity as well as local defects like knots or
cracks (see Figure 1), that make the screws “stray” from
their designated axis, especially when penetrating the
named above defects.
The slight bend that can be found on most screws with
bigger lengths increases the inaccuracy of installation.
When measuring the deviations of the self-tapping
screws used in the previous research projects, it was
observed that both mean value and variation of the
deviation from the axis are growing disproportionately
with increasing installation depth (see Figure 2). The
deviation is higher for smaller core diameters and
probably also depending on the geometry of the selfdrilling tip of the screws. To determine the influence of
these factors further systematic examinations would have
to be carried out.

Figure 1: Typical wood defects (left: knot, right: cracks)
1
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Figure 2: Axial deviation of self-tapping screws measured for
different installation depths (d1=8 mm, except for Linst=50 cm:
d1=10 mm; mean, max and min values depicted)
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The increased deviations of longer screws can result in
collisions of the screws within the wood or even exiting
through the wood surface, thus reducing the load bearing
capacity of the reinforcement or joint. For installation
depths of 50 cm or more the required axial and edge
distances given in the technical approvals of the screws
or in EC 5 may already be critical, unless additional
measures are taken to increase the precision of
installation. Although the screws can be installed without
predrilling, short pilot holes with a diameter equal to the
core diameter of the screw are commonly used to ease
the installation. An increased length of the guideholes
could significantly improve the precise positioning of
long self-tapping screws. Nevertheless when using
conventional mechanical drilling with small core
diameters between 5 mm and 8 mm similar deviations
occur as for unguided scews. Thus an innovative and
promising method to produce straight and precisely
positioned guideholes of greater lengths is laser drilling.
The Chair of Structures and Structural Design and the
Chair of Laser Technology of RWTH Aachen University
have conducted a pilot test series to develop a suitable
process for laser drilling of long slender guideholes in
wood and examine the load bearing behaviour of selftapping screws screwed into such holes [2], [5].

2 LASER DRILLING OF WOOD
First examinations to process wood with a laser beam
were already done in the early 1960s using a rubin laser,
although this laser source could not yield sufficient
energy for practical application [6]. With the availability
of powerful CO2-lasers in the 1970s a sufficient
processing speed was provided to establish laser cutting
of plywood and other wood-based materials as a
widespread application within the packaging and
furniture industry [6], [7], [9]. Further fields of laser
processing of wood comprise engraving and marking as
well as cleaning of surfaces. For all these applications
CO2-lasers are still the most common laser type although
today there are various other laser sources available
providing more comfortable handling and better energy
efficiency. Especially modern solid-state and fibre lasers
have gained increasing use in industrial application.
Contrary to cutting, laser drilling of wood has hardly
been examined so far and only short drilling depths up to
25 mm have been reached. While in the cutting process
the material evaporated by the laser radiation can escape
through the kerf and to the rear side of the material,
usually supported by a pressurised process gas [10], in
drilling the emerging vapours can only exit through the
drill-hole itself which makes them difficult to be blown
out by the process gas. The process gas itself can either
increase the thermic decomposition of the wood, if air or
oxygen is used, or inhibit it, when an inert gas such as
argon or nitrogen is applied.
Another important factor when aiming for bigger drilling
depths is the geometry of the laser beam. In conventional
application the raw beam is focussed on very small area
to provide the required energy density to melt down or
evaporate the processed material. The focal plane is
usually positioned on the surface of the workpiece. As

laser radiation has the properties of a Gaussian beam, it
widens up beyond the focal plane, resulting in a
significant decrease of energy density (see Figure 3).

Figure 3: Laser beam propagation beyond the focal plane and
energy intensity across the beam diameter

While in metal drilling the reflection of the radiation on
the surface is counteracting this effect, it has not yet
been examined in detail to which extend a similar effect
exists in wood processing [11]. It can be assumed that
for drilling of wood the energy input has to be increased
in the course of the drilling progress. The optics used for
the laser beam formation should provide a beam
characteristics with a minimum divergence at a
sufficiently high energy density.
The processing speed and the quality of the processed
surface is influenced by the properties of the wood,
foremost density, moisture content and orientation of the
wood fibre. For laser cutting numerous examinations of
these influential factors have been conducted (see e.g.
[7], [8], [12]). The cutting speed turned out to be
inversely proportional to the density and the moisture
content of the wood. When the laser beam axis was
oriented parallel to the wood fibre direction a higher
drilling speed was achieved than orthogonal to the fibre.
The influence of the fibre direction is decreasing with
increasing moisture content as then most of the energy is
required to evaporate the water contained inside the
wood structure. As a local effect the density variations
between early and late wood caused an uneven surface
of the cutting edges.
2.1 EFFECTS OF LASER RADIATION ON THE
STRUCTURE OF WOOD
When being processed with laser radiation, the
concentrated energy input into the wood leads to
structural decomposition and modification in the heat
affected zone around the drill hole resulting in changes
of the mechanical properties [16]. The grade of
modification or decomposition depends on the time of
exposure, the temperature and the surrounding
atmosphere, hence related to the parameters of the laser
processing.
Under inert surrounding conditions the decomposition
starts with hemicellulose at about 180 °C, followed by
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cellulose at 290 °C and lignin at 300 °C. Availability of
oxygen results in a strongly exothermal pyrolysis
starting at about 250 °C (see e.g. [13], [14], [15]). When
processed with laser radiation of high intensity and very
short impact duration, the wood can also be locally melt
up (glass transition).
Thermal decomposition and modification increase the
biological resistance of the wood while its ultimate
strength and tenacity are reduced. Several studies on
thermally treated wood revealed a significant reduction
of strength and increase of brittleness, depending on the
treatment process am the size of the specimen. On small
specimens free from defects the bending strength was
reduced between 12 % and 30 %, while life-size
elements showed a reduction up to 50 % compared to
untreated wood. In notched bar impact tests the
resistance of small specimens was even reduced between
42 % und 64 % (see [17], [18], [19]).
For laser cutting of wood, a thickness of the heat
affected zone between 14 µm and 70 µm has been
determined at cutting depths between 6 mm and 19 mm.
Regarding the desired drilling depth of more than
100 mm and the difficult exhaust of the hot vapours from
the drill hole, in the laser drilling process the thickness
of the heat affected zone will exceed the values
measured for laser cutting. Therefore a reduction of the
withdrawal resistance of self-tapping screws installed
into laser drilled guideholes can be expected.
2.2 DRILLING TESTS WITH LASER
RADIATION IN GLULAM
With the recent development of laser beam sources there
are several alternatives to CO2-lasers that have been
examined for machining of wood or wood-based
products.
The choice of laser beam source has various influences
on the cutting or drilling process. The energy absorption
rate of wood is strongly depending on the wavelength of
the radiation. As shown in Figure 4 it is relatively low
between 600 nm and 2000 nm with a minimum of about
15 % between 800 nm and 1100 nm.

A preliminary evaluation of suitable laser beam sources
at the Chair of Laser Technology resulted in the choice
of a pulsed multi-mode fibre laser with 1070 nm
wavelength as it provides an easy guidance of the beam
through the flexible fibre. Although its wavelength is
right within the minimum absorption range of wood the
test revealed a sufficient energy output and drilling
speed. The effects of the part of radiation reflected from
the surface of the drilling channel is yet to be examined
in further research.
The drilling tests were performed with GL24h grade
glulam specimens at about 12 % moisture content and
different angles to the fibre direction. The focal plane of
the laser radiation was positioned on the wood surface
with a focal diameter of 150 µm. The pulse peak power
was increased linearly from 2 kW up to 6 kW
synchronous to the drill depth to compensate the
reduction of energy density due to the divergence of the
beam beyond the focal plane. The repetition rate was
50 Hz with a pulse duration of 0.5 ms. As process gas
nitrogen was supplied through a coaxial nozzle around
the laser beam. With this configuration a drilling depth
larger than 120 mm parallel to the grain was reached.
The geometry of the drilled holes depended on both, the
geometry of the laser beam and the structure of the
wood. The caustic of the laser beam implies an increase
of the beam diameter beyond the focal plane. The
applied fiber laser produces a Gaussian beam resulting in
an uneven intensity distribution across the beam
diameter. The wood structure, on the other hand, is
characterised by density variations between early and
late wood or local knots and different distances of the
cellular membranes orthogonal and parallel to the grain.

Figure 5: Laser-drilled holes in 0° and 90° angle to the grain

Figure 4: Absorption diagram for various wood species
depending on the wavelength of the radiation; wavelengths for
CO2- and Nd:YAG-/Fibre-Laser highlighted; from [16]

Figure 5 shows typical laser-drilled holes in 80 mm thick
glulam specimens. When drilling parallel to the grain the
borehole is following the course of the grain with knots
resulting in a local increase of diameter. Orthogonal to
the grain, a rippled surface of the borehole was observed,
showing the distinct variations of density in the
yearrings. The higher drilling speed parallel to the grain
corresponds with a smaller and relatively even diameter
of the holes compared to the conical or drop-shaped
boreholes generated by the slower drilling orthogonal to
the grain. Faster drilling also resulted in a reduction of
the visible heat affected zone.
The exit holes of the laser beam on the rear side of the
specimens were also influenced by the wood structure.
Parallel to the grain 8-shaped forms were observed due
to density variations between early and late wood.
Orthogonal to the grain the exit holes showed an oval
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shape because the penetration of the laser radiation was
higher parallel than orthogonal to the grain due to the
anisotropy of the material (see Figure 6).

Figure 6: Exits of laser-drilled holes, left 0° and right 90°
angle to the grain

3 SELF-TAPPING SCREWS IN LASERDRILLED HOLES
The load bearing behaviour of STS was examined on
60 mm thick specimens with laser-drilled holes parallel
and orthogonal to the grain. Before the pull-out tests a
series of specimen was opened after the installation of
the screws to examine the position of the screws inside
the predrilled channel and the effect of the drilling tip on
the charred surface and the heat affected zone. Inside the
thinner boreholes in the grain direction the visible heat
affected zone was completely cut out by the drilling tip
of the screws (type SPAX®-S, d1=8 mm) while in the
thicker holes orthogonal to the grain, local parts of the
blackened surface remained (compare Figure 7 and
Figure 8). Due to the drop-shaped geometry of the
borehole in some cases there was even a slight gap
discernible between the screw and the surface of the hole
over a certain length, that might reduce the load bearing
capacity.

Figure 7: Opened laser-drilled channel parallel to the grain
with installed self-tapping screw with the charred surface cut
out by the drilling tip of the screw

Figure 8: Opened laser-drilled channel orthogonal to the
grain with installed self-tapping screw and remaining charred
surface

3.1 PULL-OUT TESTS
The withdrawal resistance of the screws in laser drilled
guideholes (type L) was tested in comparison to
mechanically drilled guideholes (type M) and screws
installed without predrilling (Type N) for angles of 0°
and 90° to the fibre direction. The test setup is depicted
in Figure 9.

Figure 9: Setup for pull-out tests with 8 mm self-tapping
screws in 60 mm thick glulam specimen and four inductive
displacement transducers
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The grade GL24h glulam specimen had dimensions of
200x200x60 mm. The general technical approval of the
self-tapping screws (type SPAX®-S) allows predrilling
with the core diameter of the screw, i.e. 6.2 mm for
screws with 8 mm nominal (thread) diameter. Thus the
mechanical predrilling was done with 6 mm. The laserdrilled guideholes had an average diameter of 6 mm
orthogonal to the grain and about 3 mm parallel to the
grain with the geometrical properties and variations as
described above.
The tests were conducted with a constant loading speed
of 0.7 mm/min. The displacement between the screw and
the wood were measured using inductive displacement
transducers; three on the loaded side of the specimen and
one on the rear side (see Figure 9).

displacement. To the opposite, in specimen 90-M-1 the
screw was crossing a knot and thus reaching a significant
higher pull-out strength than the other two specimens of
that series. These two pull-out values are therefore not
taken into account for the calculation of the mean values
of the withdrawal resistance.

For an angle of 90° between the screw axis and the
direction of the wood fibre, the load-displacementcurves are shown in Figure 10, Figure 11 and Figure 12.
The load-bearing behaviour differs between the
predrilled (type M and L) and the not predrilled screws
(type N). Without predrilling the bond between the
screw thread and the wood shows an almost linear
behaviour up to about 90 % of the pull-out strength and a
sudden drop of load after reaching the maximum
followed by a plateau of slightly decreasing load.
Figure 11: Load-displacement-curves of the 3 specimens
type M for an angle of 90° between screw axis and grain (note:
for specimen 2 rear side displacement depicted)

Figure 10: Load-displacement-curves of the 3 specimens
type N for an angle of 90° between screw axis and grain

The load-displacement-curves of the predrilled
specimens start to bend already at about 70 % of the
maximum load, corresponding to a softening of the
bond, thus reaching the ultimate pull-out strength at a
higher displacement. Beyond the maximum the curve
shows a constant drop which is steeper than with the
non-predrilled specimens. It can be seen that there is no
significant difference in the load-bearing behaviour of
the screws in mechanically and laser-drilled guideholes.
In the diagrammes there are two specimens showing
anomalies. In specimen 90-N-2 the screw was partially
positioned inside a shrinkage crack, resulting in a lower
pull-out strength that was reached at a higher

Figure 12: Load-displacement-curves of the 3 specimens
type L for an angle of 90° between screw axis and grain

In Table 1 the mean values of the withdrawal resistance
(pull-out strength) are compared for all the specimen
types and an angle between the screw axis and the wood
fibre direction of 90°. Taking the non-predrilled series as
reference it can be observed that the mechanically
predrilled specimens reach about 4 % higher values
while the withdrawal resistance of the laser-drilled
specimens is about 5 % lower. Regarding the lower
mean density of the laser-drilled specimens and the
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imperfections of the guidehole geometry produced with
the tested laser setup, it can be expected that with an
improved drilling process the load bearing capacity of
self-tapping screws in laser-drilled guideholes will be the
same as in mechanically drilled guideholes.

Figure 16 (type L). Contrary to the 90° series all 0°
series show the same load-bearing behaviour as can be
seen from the very similar shape of the loaddisplacement-curves.

Table 1: Mean values of withdrawal resistance for an angle of
90° between screw axis and grain

Guidehole drilling
none (type N)
mechanical (type M)
Laser (type L)

rmean
[kg/m³]
525
488
469

Fu,mean. 90°
[kN]
11.00
11.42
10.47

Factor
[%]
100.0
103.9
95.2

During the pull-out tests in all three types only a small
amount of wood chips was extracted from the hole by
the threads of the screws. To examine the failure mode
the specimens were cut in half after the tests. Figure 13
shows an exemplary cut section of a laser-drilled
specimen. The wood fibres are bend in the direction of
the pull-out force. In some parts there is a delaminaton
of the fibres parallel the grain resulting in a flexible
brush-like behaviour of the screw channel walls. In the
not predrilled series this might be the reason for the
almost ductile pull-out behaviour. Nevertheless there are
also cracks orthogonal to the grain which can be
observed more frequently in the predrilled specimen
types (see Figure 13) and could cause the steeper slope
of the load-displacement-curve beyond the maximum
load in the predrilled test series. In the laser-drilled
specimen only local remnants of the charred surface
could be found in the screw channel. The heat affected
zone did not seem to have a significant influence on the
withdrawal resistance at an angle of 90° between screw
axis and grain.

Figure 14: Load-displacement-curves of the 3 specimens
type N for an angle of 0° between screw axis and grain

Figure 15: Load-displacement-curves of the 3 specimens
type M for an angle of 0° between screw axis and grain

Figure 13: cut section of specimens 90-L-1 after the pull-out
test

The results of the pull-out test with an angle of 0°
between the screw axis and the wood fibre direction are
depicted in Figure 14 (type N), Figure 15 (type M) and

There is a steep and almost linear rise of the curves up
till the maximum load without softening of the bond.
After reaching the pull-out strength a similar steep drop
of the load occurs followed by a less steep decline of the
curve as the screws are pulled out of the wood. This
complies with the brittle failure mode that was observed
in all specimens with a 0° angle. As can be seen from
Figure 17, a wood core of about the thread diameter of
the screws was extracted by the screw thread during the
pull-out tests leaving a smooth surface of the screw
channel. The failure of the bond is thus equivalent to a
brittle shear failure of cylindrical wood core with the
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nominal screw diameter. After the rupture the load can
only be transferred by the friction between the wood
core and the screw channel walls.
In the laser-drilled series (type L), even before reaching
the ultimate load slight cracking sounds could be
perceived, which corresponded with spikes in the loaddisplacement-curve (see Figure 16). The surface of the
pulled-out wood core did not show any visible signs of
heat affection. Nevertheless, when comparing the mean
withdrawal resistances of the 0° series, the laser-drilled
specimens obtained only about 78 % of the reference
value of the non-predrilled series (see Table 2). It seems
probable that the heat affected zone, although not
visually perceivable, reaches out till the diameter of the
screws thread and causes a reduction of shear strength
and an increase of brittleness in the wood, thus reducing
the withdrawal resistance of the screws.

Figure 16: Load-displacement-curves of the 3 specimens
type L for an angle of 0° between screw axis and grain

Figure 17: Extracted wood core in the screw threads (left) and
cut section of specimens 0-M-1 after the pull-out test (right)

Table 2: Mean values of withdrawal resistance for an angle of
0° between screw axis and grain

Guidehole drilling
none (type N)
mechanical (type M)
Laser (type L)

rmean
[kg/m³]
525
516
512

Fu,mean. 0°
[kN]
10.88
10.38
8.52

Factor
[%]
100.0
95.4
78.3

4 CONCLUSION AND OUTLOOK
Laser drilling has proven to be a suitable method to
produce guideholes for self-tapping screws in glulam.
The developed drilling setup using a pulsed fibre laser
source and nitrogen as a process gas was capable of
drilling holes up to 120 mm in length with a diameter
corresponding to the core diameter of usual self-tapping
screws. To increase the drilling depth and improve the
geometrical quality of the borehole a further
development of the process is required, especially to
generate a collimated beam with constant diameter. In
further research, a systematic examination of the surface
properties of the boreholes has to be performed, aiming
at a reduction of the heat affected zone around the
drilling channel. The implementation of an adaptive
online process control using the process emissions could
optimise and adjust the process parameters to local
variations of the wood properties.
The load bearing behaviour of self-tapping screws in
laser-drilled guideholes was examined in comparison to
mechanically predrilled guideholes and screws installed
without predrilling. The conducted series of pull-out
tests revealed a similar load-bearing behaviour of the
screws in both mechanically and laser-drilled
guideholes. At an angle of 0° between the screw axis and
the wood fibre direction, the mean value of the
withdrawal resistance of the laser-drilled specimen was
about 22 % below the reference value of screws installed
without predrilling. Obviously the thermal energy input
of the laser beam during the drilling process had caused
a thermal modification of the wood with a significant
decrease in strength and increase in brittleness. In further
examinations these effects are to be studied more
detailed. With an angle of 90° between the screw axis
and the wood fibre direction the laser drilled test series
reached 95 % of the withdrawal resistance of the not
predrilled reference series. This series was relatively
tolerant to thermal modification by the laser irradiation.
The positive results from the conducted pilot test series
are to be verified by further, more detailed examinations
with an extended scale of test series. With the
availability of laser-drilled guideholes, a precise
installation of bigger lengths could widen the field of
application for self-tapping screws as high-performance
reinforcing and joining elements in timber engineering.
With the envisaged optimisation of the laser setup and
process parameters, laser-drilling can be a promising
new way of processing in timber construction.
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New connections suitable for robotic assembly of complex timber structures
Christophe Sigrist1, Peter Zock2
ABSTRACT: The group of Gramazio Kohler Research at the Swiss Federal Institute of Technology ETH in Zurich and
the group of Integrated Planning and Production at Bern University of Applied Science BFH / AHB in Biel are
researching the approach to fabricate complex timber structures with the aid of robots since 2012. The basic assumption
for this research is the hypothesis that complex timber structures can be constructed by small and generic elements.
Such elements can be positioned and joined in reference to a digital model by the aid of robots. According to the nature
of this hypothesis, connecting a large amount of small timber members, a reliable connection technology is a
fundamental condition for such an approach. Therefor novel types of connections must be developed in view of
fulfilling the versatile picture of requirements. It appears that with adhesives some of the points may be fulfilled.
Currently the usage of an injected and ultrafast curing 2K-Polyurea-Adhesive is investigated to further develop the field
of connection technology. The robotic assembly should lead to the possibility to erect complete structures with a high
number of variable connections.
The development of suitable timber to timber connections represents one of the core tasks in relation to robotic
assembly. A large number of low load capacity connections must be assembled relying on few interacting tools in a
quick and easy manner. Thanks to the multiplication of such connections the required strength of the overall structure
will be achieved. On the other hand high tech and high performance connections known from engineered timber
structures are also considered as back-up solutions.
Many requirements for such specific connections are in contrast with todays required and over decades developed state
of the art properties of timber connections. Some of the requirements seem even to be in contradiction to the technical
and conceptual perception. So far it seems that traditional connections don’t deliver satisfactory solutions to the
problem. First experiments on individual connections and full scale structural prototypes using specifically developed
connections assembled with new types of adhesives and construction methods have been successfully carried out. The
research is performed within the frame of the National Research Programme "Resource Wood" (NRP 66) of the Swiss
National Science Foundation (SNSF).
KEYWORDS: glued connections, multi axial loading, superfast adhesive, robotic assembly

1 INTRODUCTION 1 23
Very large structures made of wood, represented for
instance by some extremely complex structures by
Shigeru Ban, are very much in the trend. Free forms
usually consist of high numbers of members which in
principle are all different. The challenge for an automatic
production is that each member is individually shaped,
cut to precise dimensions and placed at its correct
position in the structure. Finally the members have to be
correctly connected. Alternatively free form structures
could be developed for specific structural topologies,
connection techniques, design methods and fabrication
1
Christophe Sigrist, Bern University of Applied Science BFH,
Department of Architecture, Wood and Civil Engineering
AHB, Switzerland, christophe.sigrist@bfh.ch
2
Peter Zock, Bern University of Applied Science BFH,
Department of Architecture, Wood and Civil Engineering
AHB, Switzerland, peter.zock@bfh.ch

processes which are suitable for automated assembly
using robots. The focus in this case would concentrate on
using simple, short and low-grade timber elements.
The complexity of the structure of Centre Pompidou in
Metz by Shigeru Ban (Figure 1) lies in the free geometry
of the roof which consists of 1790 different and curved
glue laminated members [1]. Each member was in a first
step glued into a rough geometry and afterwards milled
to its final shape. The prefabricated members included
multiple dowel connections with inserted steel plates
which were assembled on site using scaffolding. The
production of such a large number of differential
elements is only possible thanks to a consistent digital
chain. This means that starting from the information on
the geometry all further information that is related to the
production is processed, transferred and calculated
automatically. Once the member is finalised the erection
of the structure discussed here can be carried out by
carpenters as all necessary information regarding the
assembly is already implemented in the shape of the
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element and the preassembled connection. All tolerances
have to be assimilated by the connection.

positioning can be achieved by a robot only. In the case
of such prerequisites the potential of the robot can be
fully utilised.
2.2 SYSTEMATIZATION OF CONNECTIONS

Figure 1: Centre Pompidou Metz (France) during construction
(Photograph: Centre Pompidou, 2011)

The project "Additive Robotic Fabrication of Complex
Timber Structures" of the NRP 66 consists of three work
packages WP: 1) Integrated Design and Fabrication
Processes, 2) Advanced Glued Connections and
Structures as well as 3) Industrial Automation and
Demonstration. The development of suitable connections
for robotic construction is the topic of the present
summary and concentrates on novel concepts for timber
structures considering a unique combination of robotic
assembly and computational design methods for
engineered timber structures.

2 INITIAL CONSIDERATIONS

Many attempts on systematisation of timber to timber
connections have been carried out [3] to understand the
load carrying behaviour of connections and connectors
and resulting failure modes in order to derive design
rules. In an early phase of the project all possible
traditional
and
engineered
connections
were
systematized into categories such as positioning the
members, general load performance and if the position
and load transfer are fully defined or not (degrees of
freedom from zero to completely free) and rated with
respect to be suitable for robotic assembly. To
automatically produce timber structures by means of
robots therefor asks for new requirements regarding the
properties and assembly of timber connections. A large
number of connections with low load capacity must be
simple and fast to be assembled. Alternatively the focus
could also lie on a small number but efficient, high
strength connections - similar to classic timber
engineering. Currently it seems obvious that there are
hardly satisfactory solutions when considering
conventional types of connections for this application.
One possible approach to find a solution to the problem
is the use of ultra-fast, injected adhesives and to develop
the connection typology and technology in the context of
automated production.
ot
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2.1 ASSEMBLY METHODS
At the group of Gramazio Kohler Research at ETH
Zurich many investigations on stacked structures have
been carried out in view of generating complex
geometries [2]. The advantage of stacking lies in the
small process forces to be applied by the robot when
building the structure and connecting the members.
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Figure 3: Analysis of traditional timber connections regarding
performance and rating in view of robotic assembly

Figure 2: Stacking of timber (West Fest Pavilion, Image:
group of Gramazio Kohler Research at ETH Zurich, 2009)

As the position of an individual member is not defined
by the geometry of its connection, the precise

The precise spatial positioning of wooden components
represents the possibility of an innovative industrial
procedure with a high degree of building precision which
can be manufactured without additional formwork or
supports. In this context the main goal is to combine a
connection technology using super-fast curing adhesive
with automated assembly. This approach makes it
possible to leave behind the state of the art processing of
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wood and to design and manufacture new types of
construction systems utilising a digital process. The
potential of such an automated approach is still largely
unexplored.
2.3 INVESTIGATION ON NEW ADHESIVES
The Swiss company nolax AG is one of the leading
players regarding the development of innovative
adhesives. Ultra-fast and ultra-strong adhesives to bond a
large range of materials seem to offer the potential for
the application in question. In a first step a series of
workshops were carried out in collaboration between
BFH / AHB Biel, ETH Zurich and nolax AG, SempachStation. Neither the shape of the connection nor the
processes of fabrication of the connections were known
at the starting point. Local strengthening of the timber or
additional inlays enhancing strength and stiffness were
identified as possible solution at an early stage.

Figure 4: Brainstorming regarding novel adhesive
applications for free geometry timber connections

In a second step first prototype tension tests were
performed on parallel to the grain connections and Tjoints loaded axially and simultaneously submitted to
shear. The novel approach to these connections was that
only end-grain gluing on perforated and non-perforated
surfaces were considered. Backup solutions on glued in
rods and inlaid steel plates and fiberglass fabric were
also investigated for comparison.
Furthermore an additional workshop with invited leading
experts in the area of adhesive technology form Europe
has taken place at AHB in Biel with the goal to confirm
if the investigations point towards the right direction and
to identify eventual gaps and research potentials.
Considering such broadly founded research inputs,
systematic testing on various joint geometries and stress
configurations as well as basic adhesive test are currently
carried out at BFH / AHB in Biel. The improvement and
validation of the performance of glued butt joint
connections by applying different surface treatments and
specifically optimizing the process of glue application
are the main focuses of the current investigations.
2.4 STUCTURAL CONSIDERATIONS
Parametric studies on node requirements and the
interrelation of geometric parameters of the construction
system and its static performance have been carried out

by Gramazio Kohler Research at ETH Zurich within
WP1. The most important issues and thoughts discussed
in [4] are summarised here in order to situate the
complexity of the investigations and their impact on the
development of the connections.
The load carrying capacity of single layered structures
lies on the bending capacity of individual members and
the strength capacity of the connection between the
members. The connections are highly loaded in such
configurations – depending on the geometry of the
structure – by bending moments shear forces and normal
forces according to all three axes. One of the main
characteristics of highly loaded connections is that not
sufficient wood area or wood volume is available to
realize the connection. In engineered timber structures
large three dimensional steel elements usually assemble
all axes in one common point at the node. The forces are
introduced into the timber section at a certain distance
from the (steel) node where the full timber section is
available to counter act to the limited space condition.
An alternative way to solve the space issue is to
purposely introduce eccentricities at the connection of
the bars leading to a so called expanded node. The
geometric expansion of the node considerably reduces
the complexity of the connection and allows for simpler
T-joints at variable angles which rely on bending and
shear resistance. Single layered structures with twodimensional expanded nodes (Figure 5) are known as
Reciprocal Frame Structures or the Zollinger-System [4]
which has found its application in many cylindrical
shells and dome structures. Substantial loads have to be
transferred in such connections even introducing
expanded nodes. Bending moments in particular often
lead to unfavourable stress situations in the connection.

Figure 5: Load bearing behaviour perpendicular to plane: left:
singular node, right: expanded node (Image: group of
Gramazio Kohler Research, ETH Zurich) [4]

The static reduction allows bending moments to be
transformed into normal forces at a selected lever arm as
known from traditional truss structures. Considering
spacial structures this leads to multi-layered systems
with three-dimensional nodes (Figure 6). The final
system consists of three structural layers: an upper layer
and a lower layer as well as an intermediate layer. In the
upper and the lower layer, bars form a flat or curved
surface structure with reciprocal nodes. The intermediate
layer acts as distance holder and consists of diagonal
bars which connect both outer layers at a selected
distance. Depending on the selected distance between the
layers the generally large bending moments are divided
in to normal forces. As the bars in the outer layers are
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rigidly and eccentrically connected they still transfer
next to normal forces also bending moments which
however are much smaller than in a single layered
structure. In the current investigation by the ETH Zurich
group the members are cut to specified end geometry. As
no steel connectors with defined geometries are used the
final positioning of one bar in relation to its neighbor is
achieved using robots for the assembly of the structure.

by a minimum and consequently connected to a material
whose strength is relative high compared to the timber
strength. For this reason, wood steel connections such as
slotted-in steel plates with dowels or screwed
connections for instance have prevailed.
The principle of adhesion is largely used with adhesives.
To achieve bonding a physical or chemical interaction
between the materials to be joined is required. Adhesives
are usually applied to the lateral wood only. They have
significantly lower or no strength when applied to the
end grain of the timber. Finger jointing therefore
represents the most common method to produce
longitudinal joints considering a flat fibre angle and side
gluing. The transmission of the forces by shear results in
high efficiency as well as low weakening of the cross
section.
The potential for a connection to carry load depends on
the strength of the used materials and the strength of the
added compounds. In the case of connections with glued
in rods for instance, the potential of the connections
depends on the strength of the rod, the strength of the
adhesive and the strength of the bond between the
adhesive and the wood. The weakest link of the chain
that leads to the minimum load capacity is in function of
the anisotropic properties of the wood depending on the
angle of the wood fibre. For a high load capacity, the
strength of all the elements involved must be in balance.
The characteristics of the weakest element may be
improved and a weakening of the stronger element may
be tolerated. The cross-section of a timber member is
weakened by introducing a threaded rod for example, but
the fibre angle may be optimally rotated. A threaded rod
in turn must present a minimal cross-section but high
strength relative to the wood.
3.2 OPTIMISATION OF CONNECTIONS

Figure 6: Example of the multi-layered truss system divided
into sub-systems (Image: Gramazio Kohler Research, ETH
Zurich) [4]

3 CONNECTION TECHNOLOGY
3.1 WORKING BEHAVIOUR
Materials can physically be joined by friction, adhesion
or by contact [5]. Connections using friction play a
subordinate role when connecting wood but may locally
lead to an improved load carrying behaviour in
combination with the accompanying locking forces that
result in small auxiliary forces.
The largest group of traditional wood connections are
interlocking or form-fitting connections. As a
consequence, all applied forces are always transmitted
by contact pressure. The individual parts are hold in
place by incisions and the timber cross section is
substantially reduced. The efficiency of such
connections is substantially lowered by at least the
degree of cross-sectional weakening. This relationship
can only be counteracted if the cross section is reduced

The optimisation of the connection is in opposition to the
complexity of manufacture. The introduction of a
threaded rod can significantly increase the load capacity,
but represents a considerable difficulty for an automated
production. The optimization of the load carrying
capacity must therefore be in balance with the simplicity
of the connection, compensation for tolerances, inherited
information regarding the positioning of the member and
the demand for spatial connections. By the injection of
an ultrafast adhesive the requirements for low process
forces, high initial stiffness and short cycle times can be
widely met.
Stacking timber is favourable in terms of production,
forces applied when assembling the structural elements
but limited when considering applications. Various
considerations therefor led to the multi-layered structure
as presented above. The challenge is to solve the
connection with its true multi-axial stress configuration
with most stresses acting in an unfavorable way - in
particular the stresses applied perpendicular to the grain when considering the timber characteristics. Complex
timber structures simultaneously require longitudinal and
especially lateral connections. Gluing was found to be
one of most promising connection technologies for the
robotic fabrication of timber construction. However,
standard adhesives for timber construction require both a
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long hardening time and substantial pressure during
gluing which is too long for a sequential automated build
up process. In order to overcome this barrier nolax AG is
developing an ultrafast curing 2K-Polyurea-Adhesive. It
allows custom application processes that could solve the
identified problems. This optimisation was supplemented
by a feasibility study for a gluing technique to be used in
robotic assembly processes.
The study also comprised a comprehensive analysis as
well as the fabrication and testing of physical connection
prototypes regarding strength properties, tolerances and
processing. Two strategies were pursued: a) glue-only
connections with low load capacity and minimal expense
considering manufacture (Figure 7) and b) rod-shaped /
flat elements glued in with high load capacity (Figure 8)
and higher expense for the automation. The connections
need a gasket to seal the interspace between the two
members to be bonded. The gasket prevents leakage of
the glue, ensures injection pressure and defines the
tolerance range for the interspace.

and to lower the variance when bonding to the end-grain.
However, this technique doesn’t provide a classical glue
line and requires a high cohesive strength of the
adhesive. Depending on the fibre to glue line angle, the
strength of the adhesive is the limiting factor for the
strength of the connection.

Figure 9: Test arrangements and results for loading parallel
and perpendicular to the grain and interaction with shear

The material used for this study was finger jointed
structural timber (Picea abies, Abies alba) with no or
little defects. The timber had a moisture content of 9% to
14.6%. The testing of the specimen followed in principal
the rules outlined by EN 26891. A universal testing
machine was used for the axial tension loading. An
additional testing device for load and two transducers to
measure displacements were added. As glued
connections don’t present slip and residual deformation,
the load cycle at lower loading levels was omitted. The
failure of the specimen was expected to occur within 3
minutes.
3.3 GEOMETRY OF PERFORATION
Figure 7: Glued longitudinal joint with micro-perforation
(top), connections using „glue piles“(bottom left) and T-joints
(bottom right)

Figure 8: Glued in rods and inserted glass fibre fabrics as
back-up systems

In order to guarantee adhesion of the adhesive or to
increase the load carrying capacity for some of the
applications
various
surface
treatments
were
investigated. Before gluing the contact area was
perforated by mechanical impression of a cone-shaped
tool, or by the drilling of cone-shaped holes. The
perforation is injected by adhesive, connecting the
timber, transmitting the stress into the cross-section and
reinforcing the timber significantly. Perforating the
timber surface can also be used to increase the strength

In first investigations only butt joints and superficial
perforations were considered. According to first trials it
could be noticed that good end grain gluing was
achieved (~14 N/mm2 according to Figure 9) with
however a quite large variation of the results. In T-joints
the timber is stressed perpendicularly to the grain when
loaded. Considering connecting areas without surface
treatment unfavourable failure modes close to the
surface are obtained at ~ 2.2 N/mm2 (Figure 9 and 10)
as the load cannot be spread out and brought into lower
layers within the cross member.
Aiming for higher strength capacity automatically leads
to other profiles and depth of penetration. Next to
treating the surface in punching holes, drills or milling
cutters could be used to fabricate deeper penetration and
better profile geometry. The focus of the investigations
in this area lies on very simple tools, simple processes
and the flexibility in placement of holes and drillings.
Standard tools that are available on the market are of
prime interest. The load bearing capacity could also
depend on the fact that fibres are “pushed” apart by pins
or if material is removed. As the surfaces to be treated
are relatively small the question of tools when looking at
multiple drilling or punching to speed up the process is
important. The issue of pressure applied in the process
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has also to be considered as from robotic arms no or only
little pressure may be applied.

butt T-joints results in an average tension capacity of
2.2 N/mm2 (reference is the cross section of the vertical
member) which is subject to wide deviations. An
increase of the load capacity of this joint dependents on
how and if the load can be distributed in the cross
section of the cross member. Because of a closed cell
structure in the radial and tangential direction of wood
fibres, glue cannot easily penetrate spruce. This brings a
low force transmission into the cross member, and
results in a failure closely to the connection.
Micro perforation is an easily automatable technique,
where small cones are pressed into the wood surface
with a conical needle. This technique has a depth effect
through small glue cones which leads to both a
homogenization and a better load distribution. Compared
to butt joints the average tensile strength can be
increased to 3.35 N/mm2 and the variation between
specimens can be reduced significantly. The failure
moves into the cross section and appears within the cross
piece. This is an improvement against a butt joint, where
only a thin layer of wood fibres sticks to the glue.

Figure 10: Glued T-joint with micro-perforation and
perforation of connection surface by means of robot

Figure 11: Investigation on tools for surface treatment

Figure 13: Different types of penetration depth of glued T-joint
and resulting failure mode

To increase the depth effect, larger cones may be used.
For the production of these cones additional facilities
like a CNC machine is required. A ventilation hole is
needed to bring the air quickly out of the system during
the glue injection and to reduce inclusion of air in the
adhesive. The maximal load capacity can be increased
significantly to 5.25 N/mm2 and the failure zone moves
deeper to about 1/3 of the cross section below the joint
(Figure 13).
3.4 OPTIMISATION OF PERFORATION

Figure 12: Typical test specimen of a T-joint showing the
layout of micro-perforation of the contact area

Test series on T-joints indicate that the load of the
connection is limited by the tensile strength
perpendicular to the grain of the cross timber. Gluing

Face gluing and the transmission of the forces by shear
in the glue line is the best way when designing glued
connections. In the current situation the members meet at
any possible angle. In the parallel situation something
similar to a finger joint is conceivable. The attachment of
forces perpendicular to the member direction requires
forces to be anchored in the depth of the timber section.
The treatment of the surface is therefore required to
distribute the tension perpendicular to the grain more
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evenly. First steps have been undertaken to determine
the benefit of the surface treatment as punching, drilling
or milling holes or cones. Tests on such connections
showed some unexplainable results in particular with
connections perpendicular to the grain. It was therefor
decided to run some investigations using FEM.

Figure 14: Variation of the geometry of perforation used in the
FEM analysis

Cones with variable diameters were placed on a
70/70 mm2 surface with the sum of the cone surface to
transmit the tension load being constant. Variable depths
of penetration from 8 mm for micro cones to 50 mm for
the largest cones were analysed. Next to the cone
diameter the angle of the cone surface was varied. The
T-joint connection was split along its main axes and
FEM investigations were carried out on a quarter of the
joint with symmetric boundary conditions.
Tension tests on adhesive samples indicated a modulus
of elasticity in tension of 680 N/mm2 and a MOR of
around 22 N/mm2 for the adhesive. Using this modulus
of elasticity for the calculation it can be seen that very
high stresses perpendicular to the grain appear at the top
of the cross member. This confirms some of the
observations from testing that larger cones with deep
penetration into the cross member don’t necessarily yield
a better stress distribution nor higher loads. The low
elasticity of the adhesive doesn’t allow the timber to be
loaded in larger depths. Changing the MOE of the
adhesive to 3000 N/mm2 allows a much better
distribution of the stresses and the loading of deeper
layers of timber. These results have been confirmed on
tension tests perpendicular to the grain on small
specimens and shear tests using spruce and beech wood
where the limit of the capacity of the low stiffness
adhesive was clearly demonstrated. A stiffer adhesive
would allow much larger components of forces
perpendicular to the grain to be transmitted. The
optimisation of the adhesive in terms of strength but still
conserving its capability for injection will be discussed
with the adhesive producer in the near future.

4 RESULTS AND CONCLUSIONS

Figure 15: FEM model to study the perforation geometry on
stress distribution near the contact area

Figure 16: Stress distribution showing high tension
perpendicular to the grain at the cone surface

The tests on various types of connections lead to
convincing results regarding strength and stiffness and
prove the performance of the adhesive. Perforating the
timber surface can be used to increase the strength of the
connection and to lower the variance for bonding to the
end-grain. It can be observed that the highly viscous
adhesive fills the smallest openings in the connection.
However, this technique doesn’t provide a classical glue
line and requires both high cohesive strength and tensile
strength of the adhesive.
The tension tests using perforation or drilling of the
contact area result in substantially higher strength values
compared to the untreated specimen where the adhesive
is applied on the end grain or lateral surface respectively.
This clearly shows that the tension stress is transferred
and distributed along the cone-shaped perforation into
the timber. Systematic parameter studies varying the
number of cones, the geometry of the cones and the
depth of penetration are currently undertaken using FEM
and validated by testing.
Tests in tension perpendicular to the grain with reference
to EN 302-3 as well as shear tests using both spruce and
beach samples in order to evaluate the potential of the
adhesive result in exceptionally high strength values.
The interaction of tension and shear seems to follow
known relationships and is still under investigation.
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The tests on specimen with end grain gluing generally
resulted in high average strength but also high variance
of the results. It is expected that an optimised surface
treatment and injection process will lead to more stable
and better results. Systematic testing of the most
promising joint configurations as well as their modelling
and analysis are currently undertaken and first
encouraging results are available.

be connected (45° to 90°), two to maximum 3 possible
surface treatments and positioning aids as well as one or
maximum two strengthening measures. The system test
will investigate full size, final geometries.
The implementation of the results in full scale structures
is of prime importance to demonstrate the applicability
of such connections and to demonstrate the possible
usage of robots to build complex timber structures.
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HALF LAP SCARF JOINT WITH INCLINED FACES AND WOODEN
DOWELS: RESEARCH AND DESIGN
Jiří Kunecký1, Hana Hasníková2, Michal Kloiber3, Petr Fajman4
ABSTRACT: The carpentry joints have been an integral part of timber structures. However, the design of both the
traditional joints and the new CNC-produced ones is not supported in the standards sufficiently. In addition, wooden
coupling elements are omitted completely. The article deals with the development of design rules for a lap scarf joint with
oblique faces and wooden dowels intended for the replacements of the decayed parts of ceiling joists and other members
of timber structures. An overview over the whole research (experimental testing, numerical modelling, theoretical
analysis, etc.) and the development of design guide is presented. Four types of the lap joint were created; each of the joint
type is proper for some particular use in a structure. Load bearing capacity (bending moment-normal force) diagrams
were constructed and equations of the repaired beam stiffness were assessed. All the results have been published in the
Czech Republic in a form of certified design guidelines and the contribution is waiting to be presented to the international
community to inform all interested researchers and designers about the work that has been done.
KEYWORDS: lap scarf joint, experimental testing, FE, digital image correlation, design guideline

1 INTRODUCTION 123
The products of reconstruction of historical timber
construction are very often intended to be inconspicuous
and aesthetic; therefore the designers, practitioners and
investors are interested in carpentry joints equipped with
wooden dowels. Decayed wooden ceiling joists or other
structural members are usually not damaged within the
whole beam. As the damage is correlated to liquid water
presence or increased moisture content in timber, it is
often found by the ends of the member. Penetrated or even
missing roof covering and condensation at the wall-beam
interface are the most frequent reasons why destroyed
central part of the beam is rather scarce. When some
damage is present, it is advantageous to replace only the
decayed part of the beam instead of replacing the whole
member. For such repair it is suitable to use the lap scarf
joint due to both functional and aesthetical qualities.
Nevertheless, if the member is bended or loaded using
combination of loads (such as bending moment and
tension), the simple connection starts to reach its limits.
The solution is to change the geometry of the joint,
namely the inclination of the faces. The oblique faces turn
the “dangerous” loading in dowels from the direction
perpendicular to grain to the loading in the direction
parallel to grain increasing both stiffness and load
carrying capacity of the adjusted joint. In addition, the
joint is equipped with wooden coupling elements; the
compliance of wooden dowels allows distributing the
1
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forces in the joint more evenly than rigid steel connectors.
The body is made of softwood, e.g. spruce, and the
coupling elements (rounded dowels and vertical wedgeshaped keys, see Figure 1) are made of hardwood, e.g.
oak. The carpentry lap scarf joints presented in the article
were developed for practical use. The geometry is
parametrized by height h of the repaired structural
member, e.g. the dowel diameter d is derived from it and
equals d=h/10.

Figure 1: The wooden coupling elements – rounded oak dowel
(left) and wedge-shaped oak key (right)
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A plethora of articles has been published about bolted
connections, steel dowels and other types of joints.
However, only a few publications mention the issue
covered in the article. Sangree et al. [10] presents fullscale tests and numerical modelling on traditional timber
scarf joint. The good agreement of the results of both
methods is shown when transversally isotropic material
was used for modelling. Another paper of Sangree et al.
[11] shows numerical modelling and full-scale tests on
traditional timber scarf joint with the key. Authors
describe problematic use of the keys when high tension is
present due to a key rolling. Pang [8] examined traditional
timber column-beam joints using scaled models. The
effects of scaling were discussed based on moment
resistance parameter. Pang concluded that small scale
specimens are reliable and can predict structural
characteristics of full scale joints. Pizzo et al. [9]
conducted research on joints with oblique faces and
glued-in rods. This interesting technique is intended for
the repair of the decayed parts of timber members. High
load bearing capacity has been attained and several types
of glue were tested. Miller et al. [7] made experiments and
developed a failure mode called "Mode V" which
describes the behavior of a wood dowel/peg in the
connection well. Shanks et al. [12] made experimental
work on mortise-tenon joints while postulating mainly the
edge distances for 12 and 18 mm pegs to be in the order
of 2d-3d. This outcome suits the distances of the dowels
in the new joint described below. Burnett et al. [3] made
research on double-shear pegs used in mortise-tenon
joints. Although double-shear pegs are not a subject of
this paper, the result of the lesser sufficient distance of the
peg from the end of the beam is valuable. Specifically,
when the peg was moved to one half of the distance
prescribed by the standard design code, there was no
significant decrease of the maximum load-bearing
capacity of the peg.
The carpentry joints are frequent in the timber structures,
and especially in the past they were used commonly. The
technical standards became applicable broadly in the
times when the joints with industrially produced metal
coupling elements dominated. The standards are thus
mostly focused on them. The principal document for
designing timber structures EN 1995-1-1 (EC5, [14]) does
not address the designing of carpentry joints in a
comprehensive manner. The transmission of forces in
these joints takes place through the pressure and friction
on the contact surfaces of the connected parts. Joints
subjected to bending, such as a lap scarf joint, however,
cannot be properly designed with the basic relationships
included in EC5, because their mechanical behavior
(acting forces, stiffness) is unknown. Some information
can be found in German standard DIN 1052:2004 [15],
but the amount is not satisfactory as well. A double-sided
connector made of a rounded wooden plate with a beveled
rim is the only wooden coupling element mentioned
explicitly in the standards, namely in EN 912 [16].
However, it is supposed to be used only with a steel rod
as a primary coupling element.
The lap scarf joint with oblique faces suffers complicated
load distribution. Consequently, it is nearly impossible to
decompose it into elements and use the (non-existent)

limit states for each loaded part. That was the reason why
the whole joint was considered as a unit and the load
bearing capacity diagrams of the joints were developed.
During the research the dowels and the keys were studied
and tested. Each type of the joint (see Figure 2), designed
to date has some merits but also some disadvantages. Two
basic types of joints were developed; one using oak
dowels and the other using oak keys. Although joints
fastened with oak keys are usually better in bending, their
manufacture is more complicated than the dowel ones.
Swiss-army knife for many applications when replacing
the decayed parts of timber members is the four-dowel
(4D) connection. Three-dowel connection (3D) is
intended for small profiles and compressive/bending
loading commonly found in rafters. Two-key (2K+1D)
and one-key (1K+2D) joints are superior in bending but
usable only in bigger profiles. Since the dowels and the
keys have different stiffness, bearing capacity and
position, it is clear that the load distribution in the joint
will not be even. Models describing these issues were
developed and are presented in more details below in 2.3.

Figure 2: Four derivatives of lap scarf joint intended for
different use (top left 3D for rafters, top right 4D and bottom
left1K+2D for ceiling joists, bottom right 2K+1Dfor tie beams)

Besides clarifying the lap scarf joint behavior, its load
bearing capacity and stiffness, the aim of the research was
the development of a simple design procedure that could
be a powerful tool for structural engineers and designers.
While developing the guide some of the ideas from EC5
were adopted with adjustments. The distribution of the
coupling elements in the joint was inspired by minimum
spacing and edge/end distances stated in EC5. As the
wooden dowels are not that stiff as steel pins and
cooperate more with the mass of timber around the dowel,
distances between the coupling elements are shorter. The
equations for embedment strength were applied, even
though particular constants for specific steel connectors
are used. Since the wooden dowels can deform more than
steel pins allowing higher forces to be transmitted without
splitting the wood around the dowel, the approach lies on
the safe side. The design uses the same basic concepts as
EC5: the design guide requires both ultimate and
serviceability limit state to be fulfilled.

WCTE 2016 e-book | 256

2 MATERIALS AND METHODS
The joints have been examined using experimental
testing, numerical modelling and theoretical mechanical
analysis performed in order to produce design rules.
2.1 Experiments
The most experiments were performed using three-point
quasi-static bending. The beams equipped with joints
were manufactured by a carpenter to simulate the
conditions on site. Norway spruce (Picea abies L. Karst)
was chosen as it is the most common timber for building
purposes in the Czech Republic. Timber was of quality
class C24. The raw beam always contained the pith and
heartwood; the amount of the heterogeneities (knots,
drying cracks, extremely twisted grains, etc.) was low.
The coupling elements, both the dowels and the keys,
were made of English oak (Quercus robur L.). Moisture
of all the specimens was monitored and taken into account
while evaluation of the results of the destructive tests.
Material properties of all tested specimens were
ascertained using standard compression and bending tests
afterwards, the values were used for the comparison of
relatively low number of experiments per series (5).
To measure the properties of the real structural members
the original dimensions of the samples for three-point
bending were 0.20.246.0 m (widthheightlength).
Moreover, samples in scale 1:2 and 1:4 were used to study
even more versions of the lap joint. The smaller scale
allowed setting more complicated tests, which would be
impossible with the standard size specimens, such as
combined loading of bending and tension/compression.
The smallest specimens were originally tested to obtain
trends in the behavior of a joint. Specimens of scale 1:2
appeared to be very well comparable with the real
dimension samples and helped to predict the load bearing
capacity and stiffness; they also served within the
verifying process of the final design diagrams. The joint
itself has been developing over the time and the
experiments of all the phases were performed. Several
inclinations of the face were tested at the beginning. The
experiments of joints with one big stiff dowel and joint
without any coupling element were carried out to
enlighten the role of particular joint components [5].
Joints with steel dowels and reference beams without any
joint were investigated for the comparison.
The schemes of the testing set-ups for 4D joint are
demonstrated in Figure 3. Four top schemes present pure
bending of specimens; the last two demonstrate combined
loading experiments in scale 1:4. The load bearing
capacity of the joint was tested considering the orientation
of the oblique faces, see Figure 3a. The black solid line
represents the proper usage of the joint. However,
sometimes the contractor may make a mistake during the
construction or the structure can experience the different
stress distribution than usual due to the external loading,
and the joint will be loaded in an opposite direction (the
grey alternative). The various positions of the joint within
the beam (the grey alternatives) and two lengths of the
joint were tested in scale 1:1 and 1:2, see Figure 3b,c,d.
The dotted grey line joints are situated close to the support
and both their load bearing capacity and stiffness were

similar to the mechanical properties of the reference
beam. The dashed grey line joints illustrate the utmost
position of the joint towards the centre of the beam that
was tested to estimate the correlation between the position
of the joint and the beam’s stiffness and load-bearing
capacity. The combination of tension and bending, see
Figure 3e, was created as a three-point bending test with
the dead load of 1.2 kN causing the tension force T. The
combination of compression and bending, see Figure 3f,
was simulated by applying the force P during the threepoint bending test which can be decomposed into two
directions. The force itself was vertical and the samples
were supported in an inclined position. More details from
this part of the research can be found in [2]. A sufficient
number of final four variations of the joint (3D, 4D,
1K+2D, 2K+1D) was tested in the basic configuration of
three-point bending, the same as Figure 3a.

Figure 3: Set-up schemes of lap scarf joint being tested in
three-point bending and combined loading

Apart from testing the whole structural members,
connector stiffness and load-bearing capacity were
measured, see Figure 4. Dowels were tested in several
diameter sizes so that the load-bearing capacity could be
parametrized by d. More details can be found in [17]. The
rectangular keys were tested in two scales and in various
contact conditions.
The pure bending tests were performed with MTS FLEX
TEST 60 load cell; the deflection of the beam was
measured in five locations. Specimens of scale 1:4 were
loaded with MTS 100 load cell as well as the coupling
elements.
Advanced methods such as digital image correlation were
adopted for monitoring of the rigid body motion during
testing of the beams. The pattern was applied on the
surface around the oblique face so that the contact area
could be observed, deflections of the points identified and
the length of the contact between the faces estimated.
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More about the experiments can be read in [1, 6, 13].

the FE model was used for three different ratios of heightto-length (1:10, 1:25, 1:50) and three scale ratios (profiles
0.150.18 m, 0.200.24 m, 0.250.30 m), 5) two
positions of the joint (L1=2h, L1=0.33Lp) were simulated,
6) two lap joint lengths were considered (Lp=2,5h, Lp=5h).
From all these above mentioned simulations the
deflections of the beam were determined. These data were
best fitted using least-squares algorithm to an equation
having form
𝑘(𝐸, 𝑏, 𝐿1 , 𝐿, ℎ) = 𝐸 ∙ 𝑏 ∙ (𝐶1 − 𝐶2 (

Figure 4: Testing of coupling elements – the oak dowel (left)
and the key (right); visible the rotation of the key when loaded
without restraints from the sides

2.2 Numerical modelling
Numerical models of the joints were made using ANSYS
12.1 software and its APDL language, see Figure 5. An
elastic model which used orthotropic material properties
to model wood has been developed and was verified by
the results of the mechanical model (see 2.3). There were
nonlinearities in the model; contacts between the parts
were modelled. Verified numerical models were used for
determination of the joint position and geometry influence
on the stiffness of the beam. Numerical modelling is
described in more detail in [1, 5].

𝐿1
𝐿

−

1
12

ℎ 𝐶3

)) ( )
𝐿

(1)

where E is the Young’s modulus of the wood parallel to
grain [GPa], b is the width of the beam [m], L1 is the
position of the beam [m], L is the length of the beam [m]
and C1, C2, C3 are constants to be fitted. The constant C3
was numerically fitted using MATLAB when interval of
2.0 to 3.5 with steps of 0.1 was tried during the fitting
(exponent 3 would correspond to pure bending without
joint).
2.3 Mechanical analysis
The force method was used to determine the loads acting
on the dowels, keys and faces. Resulting forces were
compared to the failure criteria for each of the contact
zones, which were set partly using literature, and partly
experimentally. The structural model of two connections
with the forces induced at the contact surfaces is shown in
Figure 6. Several important prerequisites have been taken:
a) the out-of-plane rotation of connectors will not be
considered, b) the joint behavior is linear, c) the loads act
in specified places (visible from the experiments), d)
imperfections and irregularities of wood are neglected.

Figure 5: Numerical model in ANSYS of the 4D joint

The main purpose of the modelling was the determination
of change in stiffness from the beam without the joint to
the member in which the joint is incorporated. Although
many configurations can arise and many loading states
can occur, an assessment of the change of stiffness is often
needed. The problem was solved in three-point bending
simulation using following steps: 1) the FE model was
successfully verified by experimentally tested
configurations and dimensions, 2) width-to-height ratio
was proven that even for the beam with the joint the
relationship is linear, 3) Young’s modulus was considered
to have linear influence on the deflection of the beam, 4)

Figure 6: Forces acting in the four-dowel joint 4D (top) and in
the joint with two keys and one dowel 2K+1D (bottom)

The statically indeterminate case can be solved when the
experimentally measured stiffness of the interfaces (e.g.
dowel-hole system) was introduced.
The main principles of the connection from the structural
point of view are stated: a) the spreading of the forces over
more places/parts in the joint, b) turning the forces from
the perpendicular-to-grain direction to the parallel-tograin direction which provides more load-bearing
capacity, c) shear force is transmitted to the faces and is
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shared by multiple parts. Because the model was able to
predict the forces acting on each component of the joint,
it was used in combination with failure criteria to produce
the design graphs shown further in the results and
presented in the design guide.
More about the theoretical model can be read in [4, 13].
2.4 Failure criteria

safety level is estimated by the designer/structural
engineer himself during the design process according to
the conditions given by the project (relative humidity,
load-duration class, etc.).
The load bearing capacity of the system of dowel/drilled
hole was consulted with German standard DIN 1052:2004
where the oak dowels are mentioned briefly. The criterion
was consistent with the relationship in the standard.

The theoretical analysis shown above was used for
creating the model of load-bearing capacity of the timber
member with the joint. The characteristic values of the
material properties obtained from the material tests were
incorporated, failure criteria were applied and the final
theoretical model was verified by the experimental
results.
There are five main failure criteria in the model selected
on the basis of the experimental experience.
 The quality of timber was determined by limit tensile
and compression strength parallel to the grain;
f0,max = 40 MPa.
 The limiting condition for a crack initiation and
development in the oblique face was defined by tensile
strength perpendicular to the grain and by the location
of the near-by dowel as
𝑏

𝐹𝑓𝑎𝑐𝑒,90,𝑚𝑎𝑥 = 𝑛𝑑 𝑓𝑡,90,𝑚𝑎𝑥 [N]
4

(2)

where nd is the distance of the dowel from the face in
the direction parallel with the grain (n is the number
of diameters, d is the dowel diameter [mm]), b is the
width of the beam [mm] and ft,90,max is the experimental
tensile strength perpendicular to the grain [MPa].
Number 4 in the denominator represents half of the
width divided by two because of the usual presence of
drying cracks extending up to half of the lap.
 The load-bearing capacity of the key was determined
experimentally using the keys of recommended
dimensions. The final value of 10 kN corresponds to
the end of the linear part of the force-deflection
diagram. If there are more keys in the joint, the
effective number of keys is nef = 0,8n0,9 (relation based
on EC5).
 The load bearing capacity of the system of dowel/
drilled hole in parallel to the grain was established
according to experiments as
𝐹𝑑𝑜𝑤𝑒𝑙,0,𝑚𝑎𝑥 = 12.5𝑑 2 − 54𝑑 [N]

(3)

where d is the diameter of the dowel [mm].
 The load-bearing capacity of the system of dowel/
drilled hole in perpendiculat to the grain was
considered as
𝐹𝑑𝑜𝑤𝑒𝑙,90,𝑚𝑎𝑥 = 𝐹𝑑𝑜𝑤𝑒𝑙,0,𝑚𝑎𝑥

𝑓ℎ,90
𝑓ℎ,0

[N]

(4)

where fh,0 is the embedment strength parallel to the
grain [MPa] a fh,90 is the embedment strength
perpendicular to the grain [MPa].
All the criteria were developed to involve both the trends
of failure modes observed during the experimental testing
of the joints and the ideas stated in EC5. Specifically, the
characteristic values are used in the model so that the final

Figure 7: Loading diagram of the coupling elements showing
the difference in the stiffness and load bearing capacity. Key
bearing capacity has to be restricted because of possible
rotation of the keys while being in pure tension (dashed line,
also see Figure 4 right).

3 RESULTS
The research has brought a plethora of information
regarding three main groups: 1) experience from
manufacturing and testing of the joints which was
integrated in the design guide, 2) diagrams showing the
capacity of the joint to carry combination of axial force
and bending momentum, 3) equations for assessment of
stiffness change if the joint is to be applied. All the results
were used to create the design guide for the engineers and
carpenters who can find in the results a very useful tool
for both the design and the construction. The guide
includes also a chapter about techniques, maintenance
requirements and control mechanisms over long period of
use [18].
3.1 General design requirements of the guidelines
The replacement of the original member should be made
of the same species of wood. Moisture and other physical
and mechanical properties of timber should be compatible
with the original structure. The minimum number of the
coupling elements is three. The quality of manufacture
process influences the joints behaviour.
The joint is designed for the ultimate limit state and
serviceability limit state. The border values of the loadbearing capacity diagrams represent the end of the linear
section of the joint loading working diagram.
3.2 Ultimate limit state
For establishing the load-bearing diagrams the failure
criteria were compared to the forces obtained from the
analytical model mentioned in 2.3. The diagrams of load-
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bearing capacity were computed for the dowel diameter d
= h/10. An example of the diagram can be seen in Figure
8. It shows load-carrying capacity of the four-dowel
connection (4D) with cross section dimensions of
0.180.22 m. There are two joint lengths used in the graph
(Lp=2,5h, Lp=5h) that define the borders of a safe area for
the design. Load-bearing capacity of the joint is
represented by the combination of values of bending
moment M (in kNm, horizontal axis) and normal force N
(in kN, vertical axis). The joint can resist both tension and
compression and it can be also bend in the other
orientation as visible from the shape of the envelope (-M).
There are three points demonstrating the particular cases
in the diagram. The joint with length Lp=5h loaded by pure
bending with the safety factor of 1.5 is marked by number
1; unsatisfactory design for bending and tension even for
the longer joint Lp=5h is represented by number 2; the
joint wih short length Lp=2.5h strong enough for the
combination of bending and compression is pointed by
number 3.

performed for 3D and 4D joints separately. Both 2K+1D
and 1K+2D joints were set to use the same equations as
the 4D connection since joints equipped with keys had
always slightly higher stiffness in experiments than the
doweled ones. The deflected beam is shown in Figure 9.

Figure 9: The scheme of the deflected beam equipped with the
four-dowel joint and loaded

The final values of constants (𝐶3 ≅ 830 − 870, 𝐶3 ≅
940 − 1600, 𝐶3 ≅ 2.6) allowed the error in limit ratios
(h/L 1:10 or 1:50) to be reduced to 15-20%. However, in
commonly found member dimensions the error was only
±3%. Typical relations of stiffness k and deflection w are
illustrated below
𝐿1 >

𝐿
: 𝐿 = 2,5ℎ
12 𝑝

𝑘 = 100𝐸𝑏 (8.7 − 16 (
𝑤 = 𝑤0

𝐿1
𝐿

−

It is difficult to assess the load-bearing capacity for all
possible combinations of profile dimensions. However, it
is possible to show the diagrams for the most used ones
and allow the user to interpolate between them linearly.
Thus, there are several detailed diagrams of a specific
member size for each joint in the design guide that allow
users to calculate load-bearing capacity of any
combination of width and height needed.
The most important issue in designing the joints, and
timber structure in general, is the safety factor. It can be
read from the graph as the ratio between the distance of
the origin to the loading state of the member [M, N] and
the distance of the origin to the crossing with the envelope
[Mmax, Nmax]. The safety factor should employ the same
approaches as is used in EC5 [14] regarding the
environmental influence and long-term usage and other
related issues should be taken into consideration.
3.3 Serviceability limit state
For the SLS quantification the numerical modelling and
experiments were used. The fitting procedure was
performed using MATLAB environment. It was

))

ℎ2.6
𝐿2.6

40
(8.7 − 16 (

Figure 8: Diagram showing load-carrying capacity of a fourdowel connection (4D)

1
12
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1
− ))
𝐿 12

[MNm-1]

(5)

ℎ0.4
𝐿0.4

where L1 is the distance of the joint from the end of the
beam [m], L is the beam span [m], Lp is the length of the
joint [m], h is the height of the beam [m], b is the width of
the beam [m] and w0 is the deflection of the beam without
the joint [m].
The position of the joint within the beam influences the
overall stiffness k. The most advantageous position for the
prosthesis from the static point of view is the location as
closest as possible to the beam end. This is also favorable
from culture heritage point of view as the most of the
original material is preserved. The relation of the stiffness
on the position can be observed in Figure 10.
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Figure 10: The graph showing the stiffness decrease when the
joint is moved towards the center of the beam

4 CONCLUSION
The paper reviews recent four years of research conducted
on the carpentry wooden connections. Four variations of
the half lap scarf joint with inclined faces and wooden
coupling elements were introduced. Joints equipped with
dowels and keys were studied using numerical, analytic
and experimental approaches. Guidelines regarding the
design of wooden lap scarf joints with oblique faces were
published and will be available for all interested
researchers.
Experiments confirmed that the lap joints with wooden
coupling elements are comparable to the bolted
connections when loaded in bending. The results of the
models show that the lap joints are usable and can achieve
80% of the load-bearing capacity of the original reference
beams (without the joint). The lap joints perform in
bending better when placed close to the beam ends. The
load-bearing capacity diminishes as the joint is moved
towards the center of the beam since the bending moment
capacity of the joint is constant. Combined loading
(bending and compression/tension) is also covered by the
design diagrams in the publication. Stiffness of the
structure changes when a new joint is manufactured and
the old beam and the prosthesis are joined. Equations
assessing the stiffness change are an integral part of the
research. Actually, the values show that the lap joints with
wooden coupling elements are able to satisfy the
requirements of EC5 [14] for the SLS in new structures,
e.g. ultimate deflection wfin lower than L/250.
The carpentry joints are suitable for cultural heritage
constructions. However, the ones presented in the article
are not able to carry exceptionally high tension.
Therefore, in the future a more-doweled connection with
inclined faces is planned to be researched. The creep
properties of oak dowels are another issue. The dowels
were used in the history to fix the right position of the
joints and usually did not have the force-transmitting
function as they have in the presented lap joint. Last, the
research will continue through monitoring of mechanical
and physical behavior of the joints in-situ using long-term
monitoring of environment, deflections and shape

changes using optical and physical methods which have
been developing.
The use of the joints depends on many issues including
financial and time limitations, required craft knowledge,
and deeper understanding of the cultural heritage care.
The limitation of the guidelines lies in the use of Norway
spruce for the structural member and English oak for the
dowels. It is questionable to what extent the results are
valid for other wood species. The only different softwood
which was used for the experiments was Scots pine (Pinus
Sylvestris). It showed the same results as the beams made
of spruce. Nevertheless, for a broader use of the guidelines
outside Central Europe it should be validated for different
species of wood typical for the local specific conditions.
However, since spruce is probably one of the most
commonly used weak softwood, only the mechanical
properties of the dowels should be tested.
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PREDICTING THE RESISTANCE AND DISPLACEMENT OF TIMBER
BOLTED CONNECTIONS
Sarah A. L. Novis1, Jessica Jacks2, Pierre Quenneville3
ABSTRACT: The design of timber connections is an important portion of the design exercise for timber buildings. For
timber buildings that are subjected to occupancy, wind and or snow loadings, the predictions of the governing resistance
can be sufficient. However, prediction of the governing resistance for connections that are subjected to seismic loading
is grossly inadequate. For timber connections subjected to seismic loading, it is extremely important to be able to
predict the ultimate ductile resistance, the over-capacity of the other failure modes and finally, it is also important to be
able to predict the ultimate displacement so as to have an idea of the ductility that the connection can provide. Thus,
designers need to be able to design timber bolted connection with a known outcome for the ultimate resistance and
ultimate displacement. From this research study, it is now possible to relate the ultimate resistance and ultimate
displacement of a timber bolted connection to its configuration. It was found that the over-capacity of a connection to
resist the brittle failure modes is decreasing with increasing crushing of the fibres during the plastic behaviour of the
governing ultimate yielding failure.
KEYWORDS: Timber, Connections, Bolts, Resistance, Displacement, Failure

1 INTRODUCTION 123
The design of timber connections is an important portion
of the design exercise for timber buildings. For timber
buildings that are subjected to occupancy, wind and or
snow loadings, the predictions of the governing
resistance can be sufficient. However, prediction of the
governing resistance for connections that are subjected
to seismic loading is grossly inadequate. For timber
connections subjected to seismic loading, it is extremely
important to be able to predict the ultimate ductile
resistance, the over-capacity of the other failure modes
[1] and finally, it is also important to be able to predict
the ultimate displacement so as to have an idea of the
ductility that the connection can provide. Thus,
engineers need to be able to design timber bolted
connection with a known outcome for the ultimate
resistance and ultimate displacement, as idealised in
Figure 1.
From past research on bolted connections, it is well
known that the ultimate yielding resistance can be well
predicted. Research has allowed timber designers to
predict the resistance of dowel-type fasteners if their
governing mode of failure is yielding [2]. Yielding
failure is the result of plastic deformation of the wood
fibres alone or in combination with the yielding of the
bolt. Described by the European Yield Model (EYM),
yielding connections allow plastic deformation to be
achieved through crushing of the members in bearing
1

Sarah Novis, sarah.novis@hotmail.com
2
Jessica Jacks, jess.jacks@hotmail.co.nz
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(Modes I and II) and the formation of plastic hinges in
the steel connector (Modes III and IV), as shown in
Figure 2.

Figure 1: Load-deformation curve for a ductile bolted
connection showing ultimate resistance, yield and ultimate
displacements [3].

Figure 2: Ductile failure for bolted connections loaded
parallel-to-grain

The EYM equations predict the ductile capacity of
connections, based on these four modes. The ductile
capacity, dependent on the wood crushing resistance and
the connector yielding resistance in moment, is taken as
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the minimum capacity of the four modes. Ductile failure
is recognised as the ideal primary failure mechanism and
occurs prior to the ultimate capacity being reached.
Subsequently, secondary failure occurs in one of the
brittle failure modes identified in Figure 3 [4]. This
typically occurs suddenly and without warning, and can
lead to the collapse of the structure. Work on brittle
failure of bolted connections in recent decades has
permitted some form of prediction of the various brittle
failure resistances, such as row shear, group tear-out and
block tear-out [5]. Other work [6] has permitted the
prediction of resistance when splitting governs.

over-capacity will thus be affected and it is postulated
that the ultimate displacement will also be.
Table 1: Bolted timber connection configurations tested.
Series

Size
(mm)

Bolt
size
(mm)

nr x n

a3t
(mm)

a1
(mm)

1

90 x 180

12

2x2

36

36

2

90 x 180

12

2x2

72

72

3

90 x 180

12

2x2

108

108

4

135 x 225

20

2x2

80

80

5

135 x 225

20

2x2

160

160

6

135 x 225

20

2x2

240

240

a2 is 5d for all configurations

Figure 3: Types of timber bolted connection failure mode.
When it comes to a bolted connection displacement,
little or no research has allowed anyone to be able to
predict the ultimate displacement. Numerous researchers
have worked on ductility predictions and many have
provided different procedures for determining the yield
point from a known bolted connection load-displacement
curve. However, prediction of the ultimate displacement
is unknown. Until this is possible, determination of the
ductility available in a bolted connection will remain
only approximate. This is a serious impediment for
timber designers that need to design timber connections
for building in seismically-active locations.

All connections specimen consist of two steel-woodsteel connections with four bolts per extremity. The end
distance and bolt spacing were set equal to remove any
influence of the smaller one of the two variables.
Connections were tested in tension only under a
monotonic load up to failure. The tests were performed
in accordance with the standard testing procedures
outlined in ISO 6891:1983. Two linear variable
differential transformers (LVDTs) were symmetrically
placed at both ends of the specimen to measure the
average deformation of the timber relative to the steel
plates. This test setup is shown in Figure 4. A uniform
displacement-control rate was maintained until failure
occurred in either of the bolted connections. A data
logger was used to record the load and displacement
through the entirety of the tests.

Thus, in order to palliate to this situation, a research
study was undertaken to predict the ultimate
displacement of timber bolted connections.

2 METHODOLOGY
It is postulated that the ultimate displacement of a timber
bolted connections is related to the over-capacity of the
non-governing modes of failure. Given that for the
design of connections resisting seismic loads, one would
ensure that a ductile behaviour would be governing, it
would thus mean that the resistance of the other failure
modes (row shear, group tear-out, splitting, net tension)
would need to be well over the ultimate yielding failure
mode resistance (not the lowest yielding failure one).
A series of timber bolted connections with different end
distance and bolt spacing was thus tested to verify the
relationship between the ultimate resistance and the
timber bolted connection configuration. Given that the
resistance of the brittle failure modes is directly related
to the configuration of the connection, i.e. the amount of
wood mobilised in resisting the connection force, the

Figure 4: Test set-up.
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Analysis was undertaken in Microsoft Excel using the
load-displacement outputs from the tension testing. The
stiffness, capacity and displacement values for each of
the connections were identified at multiple points along
the curve. The average values and coefficients of
variation (COV) were then calculated for each
connection type. This allowed the load-deformation
behaviour to be modelled.

3 RESULTS AND DISCUSSION
3.1 LOAD-DISPLACEMENT RESPONSE
ANALYSIS
Three distinctive regions of differing behaviour were
identified during the analysis of the load-displacement
response for the connections tested. The behaviour of the
connection when increasingly loaded progressed from
elastic (1) to inelastic (2) and subsequently plastic (3).
Between each of these regions was a transition zone,
where there was interaction between the two adjacent
behaviours. For the purposes of this analysis the loaddisplacement response was idealised to not consider
these transition zones. Figure 5, below compares a
typical load-displacement response obtained during
testing with the idealised behaviour used for analysis.

shown in Figure 6. Brittle failure then occurred at
location (Δu, Pu), resulting in a sudden decrease in the
load capacity of the connection.
The configurations of each of the connections tested
influenced the size of each of the behaviour regions, and
the point at which failure occurred. Connections of
configurations one, two and four failed prior to the
plastic region being reached, and hence the ultimate
capacity (Pu) was less than P2. Configurations three, five
and six typically failed within the plastic region, which is
the desired load-displacement response for seismic
connections.

Figure 5: Actual and idealised load-displacement response.

The initial response upon loading was elastic, where
recoverable displacement occurred as the connection
adjusted to the applied load and elongated as a result of
component stiffness prior to yielding. As the load
increased above a certain level the connection began to
yield in an inelastic response. This was identified as the
point at which the load-displacement curve changed
gradient, shown at location (Δ1, P1) in Figure 5 above.
Experimental observations demonstrated that at this
point the bolts began to bend. Plastic hinges formed
along the length of the bolt, multiplying until the entire
length was deformed. At this point, shown as location
(Δ2, P2) no additional bending of the bolt could take
place and consequently the timber was forced to yield
plastically. Experimental observations showed that this
yielding was in the form of crushing of the timber, as
embedment failure occurred. Displacement from this
point was evident as elongation of the bolt holes, as

Figure 6: Elongation of bolt holes due to loading.

The co-ordinate values and adjoining gradients recorded
for the connections were averaged for each of the six
configurations, as shown below in Figure 7
(configuration numbers indicated in brackets). It was
found that the configurations with the same bolt size and
cross-sectional area had similar load-displacement
responses. However, those configurations with smaller
end distances and bolt spacings failed at an earlier point
on the curve, with lower ultimate capacities and
displacements.
Classical design philosophy suggests that the capacity of
a connection should be defined as the minimum
resistance of any given failure mode. The minimum of
the EYM Mode II (crushing of the timber) and Mode III
(bending of the bolts combined to some crushing of the
timber) is determined to be the point at which ductile
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failure begins to occur. However, testing showed that the
capacity of the connection continued to increase after the
bolts began to yield (Δ1, P1) and a yield plateau only
formed when Mode II failure began to occur (Δ2, P2).
This indicates that the EYM Mode II accurately
represent the ultimate capacity of those connections for
which a brittle failure mode does not governs the
resistance.

observations, in which displacement in this region was
occurring due to elongation of the timber bolt holes (see
Figure 6). Therefore, it can be recommended that for
seismic design, where plastic behaviour is designed for,
the EYM Mode II prediction should be used to obtain the
ultimate capacity of the connection. However, for other
structural design techniques where ductility is not a
governing factor, the EYM Mode II model may overpredict the ultimate capacity of the connection. For these
techniques the capacity should be taken as the minimum
of the four EYM failure modes and the brittle capacity
models.
3.3 REDUCED BRITTLE RESISTANCE MODEL
Experimental observations showed that the length of
timber adjacent to the bolt holes is compressed during
loading. As illustrated in Figure 8 below, the wood fibres
are bent around the deformed bolt shape, and there is a
visible line where the fibres have become dislodged from
the surrounding timber matrix. This compressed length
is damaged and unable to provide resistance, resulting in
a lower brittle capacity for the connection than that
considered by existing models.

Figure 7: Idealised average load-displacement responses.

3.2 ULTIMATE CAPACITY
The average ultimate capacity (Pu) for each of the
connection configurations is shown below in Table 2.
This was defined as being the capacity of the connection
immediately prior to brittle failure. The ultimate
capacities and coefficients of variation (COV) for each
configuration ranged from 86.9KN to 435.7KN and 3%
to 17% respectively. The COV’s tended to be higher for
those configurations which failed within the inelastic
region (one, two and four), likely because the higher
stiffness exhibited in this region, when compared with
that in the plastic region, results in a larger increase in
capacity for a given change in displacement.
Analysis shows that for the configurations that failed
within the plastic region (three, five and six), the
ultimate capacity was within 10% of the European Yield
Model (EYM) Mode II theoretical prediction (PEYM(II)).

Elongated
bolt holes
Compressed
fibres

Table 1: Average experimental ultimate capacity
Group

Failure region

Pu (COV)
(kN)

1

Inelastic

86.9 (11)

2

Inelastic

125.3 (4)

3

Plastic

160.7 (5)

4

Inelastic

274.9 (17)

5

Plastic

388.9 (5)

6

Plastic

435.7 (3)

This indicates that the EYM Mode II accurately
represent the ultimate capacity of those connections for
which a brittle failure mode does not governs the
resistance. This is in agreement with the experimental

Figure 8: Internal view of connection after failure.

It was subsequently considered that the brittle resistance
model represents capacity limits, and that failure of the
connection would occur when the minimum of three
resistances (net tension, row shear and group tear-out)
was exceeded. This allows the ultimate displacement
(Δu) to be defined, as shown in Figure 9. The elongation
of the bolt holes reduces the volume of timber providing
resistance to the connection. This means that both the
row shear and group tear-out brittle failure resistances
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decrease linearly proportionally to the increase in
permanent displacement (inelastic and plastic
deformation), with the capacity equations for these two
models including the variables end distance (a3t) and bolt
spacing (a1). This differs from the net tension capacity,
which remains constant, not being dependent on either of
these variables.
Figure 8 also reveals that the compressed length is
greater than the permanent displacement. It is suggested
this length can be accounted for using a multiplier of the
permanent displacement that occurs, known as a fibre

compression factor (F). This factor can be calculated by
equating the load-displacement line and brittle failure
lines projected by the existing models. The data obtained
in this study indicates that a fibre compression factor of
3 is appropriate. However, very few specimens were
deformed to a sufficient state to observe the compressed
length, so it was not possible to verify this factor. Further
research is underway for this factor to be reliably
considered for inclusion in the existing brittle failure
models.

Figure 9: Load-displacement response with governing modes of failure.

Applying this theoretical model to the connections
tested, the secondary brittle mode of failure was
expected to be row shear for configurations one to five,
and net tension for configuration six. This is in
agreement with the experimental observations, in which
row shear failure was the most common failure type for
all configurations except for configuration 6 which
tended to fail in tension. Examples of these failure types
are illustrated in Figure 10.
Table 3 below compares the averaged experimental loaddisplacement response with the theoretical model
presented. It can be seen that the theoretical model
prediction ranges between 0.97 and 1.22 and 0.78 and
1.16 of the experimentally observed values for the
ultimate capacity (Pu) and ultimate displacement (Δu)
respectively. Although this is a significant range of
values, it is noted that for the configurations three, five
and six (those that failed within the plastic region), the
predicted value was within 10% of the observed value.
This indicates that the model is a good fit for predicting
the plastic behaviour of the connection. Further work
will be required to assess the influence of the inelastic

region, and whether ultimate displacement can be
accurately predicted prior to the plastic region.
3.3.1

Theoretical approach with EYM

Using the reduced brittle resistance model in the
conjunction with the existing European Yield Model
(EYM), it is proposed that the ultimate displacement (Δu)
be given by Equation (1). It is theorised that the ultimate
displacement will be achieved at the intersection of the
EYM Mode II line and the reducing brittle resistance
given by the row shear or group tear-out models.
Table 3: Comparison of theoretical and experimental values
for the revised model

Pu predict  u predict
Puobserve  uobserve

Configuration

Failure region

1

Inelastic

1.15

0.78

2

Inelastic

1.22

1.16

3

Plastic

1.02

0.95

4

Inelastic

1.11

1.06
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5

Plastic

1.02

0.97

6

Plastic

0.97

1.10

(NZS 3603) were used for the analysis. The accuracy of
these values may impact the presented conclusions.
3.3.3

This equation is only applicable to those connections in
which row shear or group tear-out is the governing
brittle failure type, and the brittle resistance (Pb) is
greater than the ductile resistance (PEYM(II)). It is also
dependent on the fibre compression factor (F).

u =

ac (Pb  PEYM (II ) )
+ 1
FPb

(1)

The variables ac and Δ1 can be defined according to
Equation (2) and Equation (3) respectively.
ac = min(a1, a3t)

(2)

1 = P1 / K1

(3)

Where a1 and a3t are the bolt spacing and end distance
prior to loading, and P1 and K1 are identified in Figure 5.
Equation (1) was developed using configurations three
and five only, as they were the only connections to fail in
the plastic region and be governed by one of the
applicable brittle failure types (both failed by row shear).
Additional research is required to validate this model.
3.3.2

Model limitations

The equations presented are based on the assumption
that the plateau of the load-displacement response is
horizontal (that the plastic stiffness is zero). The net
tension model is also represented by a horizontal limit,
which means that it is not theoretically possible for a
connection to fail in net tension once it has begun to fail
plastically. Nevertheless, this was observed during the
testing of configuration six, indicating that the
connections retain some residual stiffness in the plastic
region. Thus, one can conclude that there is a small
increase in the capacity of the connection as it yields
plastically. This increase, when applied in the model,
reduces the amount of predicted deformation that occurs
before the brittle failure resistance is exceeded. Failure
occurs at an earlier point on the load-displacement curve
than expected, meaning that the model is nonconservative.
Other brittle failure mode resistances, such as splitting,
were not considered in the scope of this project.
However, it is expected that these modes could govern in
certain circumstances. It was also assumed that the row
shear and group tear-out brittle capacity models began to
decrease linearly when the load-displacement response
became inelastic (Δ1, P1). It was also considered that the
fibre compression factor would remain constant for both
the inelastic and plastic regions. Not enough
experimental observations were made to verify these
assumptions. During this research, timber was tested to
verify some of its characteristics. For the remaining
characteristics not tested, such as the bolt tensile and
bending strength and timber shear strength, values given
by the manufacturer and in the current timber standard

Obtaining Ductility

As discussed above, seismic design requires knowledge
of the ductility of the connection. Therefore, in addition
to the ultimate displacement, the displacement at the
yield point is also required. The location of the yield
point is subjective and as the bolt yielding begins to
occur at location (Δ1, P1), the entire connection yielding
does not occur till the attainment of (Δ2, P2). Current
models for identifying the yield point do not
acknowledge the presence of the inelastic region and
hence may not be accurate or neglect the plastic region
altogether. Detailed analysis of the yield point location
was not undertaken through these proceedings. However,
it is suggested that an appropriate location may be at the
intersection of the extended elastic and plastic lines.
Verification of the yield point would then allow the
ductility to be calculated; as the ratio of the ultimate
displacement (calculated using the proposed reduced
brittle resistance model) and the displacement at the
yield point.

4 CONCLUSIONS
This paper presents an analysis of the load-displacement
response of bolted timber connections up to failure. A
model for the theoretical prediction of this response is
proposed. From the study, it can be concluded that:
a.
b.
c.

The load-displacement response includes three
distinctive regions; elastic, inelastic and plastic;
For ductile seismic design, the EYM Mode II
model best predicts the ultimate capacity;
The ultimate displacement occurs at the point
where the load-displacement response meets the
resistance of a brittle failure mode. Two of these
models (row shear and group tear out) reduce
linearly as deformation occurs.

The proposed model presents a theoretical method to
predict the ultimate displacement of bolted timber
connections. This greatly increases the ability to predict
the ductility performance of a structure during a seismic
event.
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STEEL-TO-TIMBER JOINTS OF BEECH-LVL WITH VERY HIGH
STRENGTH STEEL DOWELS
Andrea Misconel1, Marco Ballerini2, Jan-Willem van de Kuilen3

ABSTRACT: Double-shear steel-to-timber joints of beech laminated veneer lumber (LVL) with slotted-in steel plates
using very high strength steel (VHSS) dowels have been investigated. Tensile tests on full-scale joints with one, two,
three and six dowels have been carried out, using both VHSS and mild steel dowels. The goal of the research was to
investigate the mechanical behaviour of joints of beech-LVL, with regard to load-carrying capacity (LCC), ductility,
stiffness; and to find out whether the current design rules of Eurocode 5 are suitable for LVL and VHSS steels. Other
examined aspects were the effect of multiple fasteners in a row and the influence of fastener steel grade. Tests showed
higher values of joints with VHSS dowels, characterized generally by low scatter. The prediction ability of Eurocode 5
has been found to be inadequate and too conservative. A proposal for improvement is included.
KEYWORDS: Beech LVL, Baubuche, double shear timber joint, timber connections, very high strength steel, dowels,
effective number of fasteners, bending capacity, yield moment, embedment strength

1 INTRODUCTION 123
The development of products with higher strength is
currently an important goal for structural timber. In the
last decades, Laminated Veneer Lumber (LVL) assumed
particular relevance in this research field, as for its
reliability and mechanical properties it consistently
enhances wood structural performance. An interesting
development is the production of LVL made of beech:
tests on the product revealed impressive mechanical
characteristic values (e.g. fm0k=70 MPa), not reached
before by any product other than dense tropical
hardwoods [1], [2].
However, as connections play a key role, and govern the
element dimensions of timber structures, e.g. in trusses
and frames, it is relevant to optimize joints for strength,
stiffness and ductility. Indeed, previous works have shown
the limits of joint design according to Eurocode 5 [3, 4]:
tests on timber joints of hardwood species have revealed a
too conservative prediction of load-carrying capacity. It
was therefore expected that the same problem would
occur also for LVL and other engineered wood-based
products with high density.
1
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A further optimization of timber joints is possible through
the utilization of dowels made of very high strength steels,
having yield strengths of more than 1000 MPa [5]. They
permit to use fewer fasteners for the same load-carrying
capacity, reducing handling and drilling costs [3], besides
minimising joint and element dimensions. It is important
that very high strength steels not only have high yield
strength, but also high plastic deformation capacity, in
order to obtain connections that are ductile [5].
In this work very high strength steel dowels are used in
LVL connections and their test results compared with
mild steel ones. Beech-LVL members are connected
through a slotted-in steel plate and smooth dowel type
fasteners of VHSS and mild steel. The characteristics of
the joints are listed as load carrying capacity, connection
stiffness and ductility. Also the influence of number of
fasteners in a row is investigated.

2 MATERIALS AND COMPONENTS
The materials used in this work are beech-LVL for timber
elements, mild steel slotted-in steel plates, and mild steel,
as well as very high strength steel (VHSS) dowels. In
figure 1 the detail of a specimen is presented.
2.1 GLULAM FROM BEECH-LVL
The mechanical advantages of hardwood over softwood
are higher tensile, flexural and compressive strength as
well as higher stiffness, which permits to use more slender
elements for withstand the same load. Moreover, beech
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today is almost entirely used for non-structural applications
and its demand it is not significantly high [6].
The LVL production allows a more efficient wood
extraction from logs, and the influence of knots and other
imperfections is reduced by using thin veneers.
Beech-LVL is manufactured by bonding together, with a
phenolic adhesive, thin veneer sheets with a dry thickness
of 3.7 mm, a width of up to 1850 mm, and a length of 1850
mm. In the tested product, all veneers were positioned with
the fibre direction parallel to the longitudinal axis.
As the production of LVL allows a maximal thickness of 40
mm, elements of larger thickness are obtained gluing
together several LVL-panels, resulting in a glued laminated
member of Beech-LVL. As the declared properties do not
vary, usually it is not distinguished between glulam of LVL
and LVL.
In this work, panels of glulam of Beech-LVL of thickness
160 mm have been used.
2.2 STEEL DOWELS
It was decided to use dowels with diameter of 10 mm
made out of VHSS and mild steel, in order to analyse the
different joint behaviour when using different steel grades.
Dowels of S235 were ordered as mild steel specimens. As
VHSS dowels are not yet available, 12.9 grade bolts were
used for specimens with VHSS fasteners; the bolts length
was enough to allow no contact between LVL panels and
the bolt head or the threaded part of the fastener.

(tension). The results have provided the tensile strength
of fasteners as well as their whole moment-rotation
behaviour. The test set-up for the fastener bending tests
was developed and provided by the University of Trento.
3.2 TENSILE TESTS
3.2.1 Test preparation
Dog-bone shaped specimens were prepared and the tests
performed according to the EN ISO 6892-1 standard for
metallic tensile testing [12]. A total of 15 specimens
were tested, 5 VHSS dowels and 10 mild dowels, as for
the joint tests two separate shipments of mild steel
dowels were needed. Therefore, 5 specimens per mild
steel shipment were tested, in order to inquire eventual
mechanical differences.
3.2.2 Results
Figure 2 shows test results in terms of stress-strain
relationships. They are named according to the steel grade
(M for mild, H for VHSS), and test order (a, b, c, etc.).

2.3 STEEL PLATE
Steel plates of S235 and thickness of 10 mm were slotted
in the joints in order to obtain a double shear steel-totimber connection. The steel plate was designed according
to Eurocode 3 part 1-12, and in order to avoid plate
failure, e.g. bearing, the end- and edge-distances of the
drilled holes were chosen to be abundant.

Figure 1: Detail of a joint specimen

3 TESTS ON FASTENERS

Figure 2: Tensile test stress-strain curves

From Figure 2 it is easily detectable that the test results
show a very low scatter. Both mild and VHSS steel
specimens show a mechanical behaviour characterized by
a clear elastic branch up to the yield strength, followed by
a plastic plateau showing no hardening up to rupture. As a
consequence, yielding and tensile failure strengths are
very close and also failure strains are relatively small.
Surprisingly, VHSS specimens have larger maximum
strains than those of mild specimens. Finally, dowels of
nominally S235 grade show an unexpected high mean
tensile strength of 726 MPa. The large difference between
expected and measured yield strength can be problematic
when structures are designed with a specific maximum
load carrying capacity with respect to yielding, for
instance portal frames with moment resisting connections.
Table 1 summarizes the mean values of the tensile strength
and of the strain at rupture with their COVs.

3.1 FASTENER PROPERTIES
In order to better understand and analyse the mechanical
properties of the joints under investigation, bending and
tensile tests on the steel fasteners were carried out,
respectively at the Wood Research Institute of the TU
Munich (bending) and at Delft University of Technology

Table 1: Tensile test results

Tensile tests

MILD
mean COV
[%]
Tensile strength [MPa] 726
0.66
Strain at rupture [%]
5.1
4.05

VHSS
mean COV
[%]
1397 0.98
8.0
6.21
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3.3 BENDING TESTS
3.3.1 Test preparation
Bending tests allow drawing the mechanical behaviour
of fasteners when submitted to bending, giving evidence
of their effective maximum bending moment and
ductility and consequently information on how the
fasteners will behave in failure modes 2 and 3 according
to the Johansen’s theory [7]. The test apparatus
developed at the University of Trento, allows to test
fasteners in pure bending, avoiding shear stresses. Tests
have been performed on fasteners with two free lengths
between clamps: 3d and 6d (respectively 30 and 60 mm).

total thickness of 160 mm, equal to the timber member
width. According to the Johansen’s theory [7], joints
with mild dowels should fail with formation of three
plastic hinges (failure mode – FM – h in Eurocode 5)
while joints with VHSS dowels should fail with one
plastic hinge (FM g).
Timber element shape was designed and verified paying
attention to the distances and to the clamps of the tensile
test machine at the HFM Munich, where the tests were
performed. The tapering was required to allow the
positioning of the specimen. The total length was 1000 mm.
The minimum spacing, end and edge distances according
to Eurocode 5 were adopted as well.

3.3.2 Results
Figure 3 shows the bending moment-rotation curves. The
specimen are named according to their steel grade (H or
M), their free length (3d or 6d) and their order (1, 2, 3).
The upper curves represent the VHSS specimens i.e. Hseries. Table 2 contains the mean values in terms of
bending moment for each series.

Figure 4: Joint design of the three-dowels specimen (mm).

As the beech veneers are compressed at high temperature
during manufacturing of the LVL in the press, there is a
risk of increased brittleness of the material. Therefore,
all layers had their fibre direction parallel to the load
direction, to allow specimens to fail also with brittle
failure modes, such as splitting, shear out, block-shear or
tension. Moreover, as observed in previously works [8],
joints when loaded in tension seem to have lower LCC.
Furthermore, tensile tests are less susceptible to geometric
imperfection such as non-perfect alignment of members,
contrary to compressive tests.

Figure 3: Bending test moment-rotation curves

While the steel grade has great influence on the maximum
bending moment, free length influences only the linear
part of the curve but not its maximum value. All the
specimens reach a rotation of 60° (maximum machine
bending angle) without showing brittle failure or
decreasing significantly their bending moment.
Table 2: Bending test results

Bending tests
Average maximum
bending moment
[Nmm]
COV [%]

MILD
M3d
M6d

VHSS
H3d
H6d

133700 128240 243560 243090
0.47

1.81

0.54

1.32

4 JOINT EXPERIMENTAL
PROGRAMME
4.1 JOINT DESIGN
Joint were designed according to Eurocode 5 [11]. The
timber element dimensions are shown in figure 4: timber
thickness t1=74 mm, plate cut of 12 mm, resulting in a

4.2 TEST SET-UP
Tests have been carried out in accordance to the EN
26891 [13]. In accordance with the standard, the loading
procedure has to make a loop, in order to settle the joint
and attain two different stiffness values. The test is
performed in force-control up to 70% of the estimated
Fmax, then in displacement-control up to failure.
The specimens were equipped with two LVDTs, one per
each side, non-aligned positioned in order to detect
possible rotations during the tests.
4.3 TEST PROGRAMME
Four joint configurations have been selected in order to
investigate the effective number of fasteners in a row, group
behaviour and ductility. Tests on joints with following
number of dowels were carried out:
 with 1 dowel;
 with 2 dowels;
 with 3 dowels;
 with 6 dowels, in two rows of 3 dowels each.
For all joint configurations, specimens with dowels of
both mild steel and VHSS were tested. Each series was
composed by 5 tests, for a total of 40 experiments.
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Specimens were named according to dowels steel grade
(H or M respectively for specimens with VHSS or with
mild steel dowels), the number of fasteners (1, 2, 3 and
6), and an alphabetic order letter to identify each test of
the same series (a, b, c, etc).

5 TEST RESULTS
5.1 GENERAL RESULTS
5.1.1 Load–slip curves
In figure 5 the load-slip curves of all tests are summarized.
Each graph presents the curves of series with the same
number of fasteners. Red lines indicates H-series (with
VHSS dowels), blue lines M-series (with mild steel
dowels). The deformation scale remains equal in all
graphs, whereas the force scale changes between upper
and lower graphs in order better to observe the curves.
The joints always show considerable ductile behaviour.
H-series have always higher load-carrying capacity and
almost always smaller ductility, except from 1-dowel
series (first graph). The joint ductility, on average,
decreases with increasing number of fasteners, even if
the most substantial reduction occurs between 1-dowel
and multiple-dowels series.
5.1.2 Mean values
Mean LCC and joint stiffness are reported in table 3. The
LCC have a low scatter (2-6%), confirming the reliability
of the material. Specimens with VHSS dowels (H-series)
reach higher LCC with an increase of about 16 and 22%

with respect to LCC of M-series.
Two stiffness values are presented: Kser representing the
initial stiffness before the load-loop; and Kel the elastic
stiffness, which represents the stiffness once the joint has
settled, always larger than the previous. The COVs of Kser
are generally larger than those of Kel probably due to a
larger influence of initial setting.
5.1.3 Failure modes
In figure 6, the observed failure modes (FM) of the eight
joint configurations are presented. The observed FMs are
almost always in line with Johansen’s equation predictions.
Exceptions are joints with a single dowel. H1-series
specimens show the formation of three plastic hinges (FM
h), two of which not fully developed; while according to
theory only one plastic hinge should occur.
Interesting is the FM of M1-series specimens: the steel
dowel fails in shear and is responsible for the less ductile
behaviour and the abrupt decrease of the load at 7-9 mm
displacement (See fig. 5). The formation of three fully
developed plastic hinges was avoided by the shear failure of
the dowel.
On the contrary, all other specimens present FM g for Hseries, with formation of one plastic hinge, and FM h for Mseries, with formation of three hinges. M3-specimens
external plastic hinges were not always fully developed and
M6-specimens present combined FM: three-hinges FMs for
dowels placed in the upper row; one-hinge FM for the other
dowels. The maximum fastener bending angle, registered in
H1-series, was estimated to be about 42°.

Figure 5: Load-slip curves of M-series joints (blue lines) and of H-series joints (red lines).
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Table 3: Mean joint test results

Mean joint
test results
H1
M1
H2
M2
H3
M3
H6
M6

Mean
[KN]
57.44
45.08
88.13
70.54
120.83
95.17
223.21
187.19

Fmax

COV
[%]
2.33
2.07
5.52
6.53
6.07
1.62
6.42
4.01

Kser
Mean
COV
[KN/mm]
[%]
39.89
5.64
39.98
28.84
60.98
13.89
58.24
11.56
77.36
9.79
63.03
11.52
124.48
10.55
109.28
20.26

Kel
Mean
[KN/mm]
61.40
67.53
86.02
102.51
124.33
122.71
180.80
194.99

COV
[%]
7.11
8.59
9.05
6.02
7.31
7.45
5.36
3.00

Failure
modes
EC 5
G/H
H/shear
G
H
G
G/H
G
H

Figure 6: Typical failure modes of each joint configuration

5.2 ANALYSIS PER FASTENER
5.2.1 LCC per fastener
Figure 7 reports the average LCC of each dowel in the joint
for each joint configuration. In this way it is possible to
observe the mean load carried by each fastener. Their
fastener number orders the values.
The LCC decreases with increasing number of fasteners,
both for joints with VHSS and for those with mild dowels,
confirming the reduction in LCC for multiple dowels.
Please note that the last series, i.e. joints with six dowels
positioned in two rows of three dowels, shows lower values
than 3-dowels series, even if the effective number
calculated according to Eurocode 5 is the same, and block
shear failure was not observed. This finding suggests an
influence of the distance between the rows of fasteners on
the LCC.
5.2.2 Effective number of fasteners
In figure 8, the observed effective number of fasteners is
derived and compared to Eurocode 5 calculation. In the

graph, values of tested joints with 1, 2, and 3 dowels are
presented; 6-dowels-series are not displayed since Eurocode
5 does not consider any influences of number of rows
perpendicular to grain direction.

Figure 7: LCC per fastener
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Contrary to what was observed in [5], no correlation
between fastener steel grade and effective number of
fasteners has been detected, possibly because of the high
yield strength of the mild steel fasteners. The tests show a
decrease in terms of LCC per fastener with increasing
number of dowels. The effective number according to
Eurocode 5 well describes the experimental results trend.

In terms of LCC, VHSS dowels increase the joint
strength by about 19-27% with respect to mild steel
fasteners.
The effective number of VHSS joints is lower or equal to
those of the mild steel ones; however the difference is
very small and considered to be irrelevant.
Both stiffness values (Kser and Kel) seem very little
influenced by fastener steel grade.
Table 4: Steel grade – ratio between H- and M-series values

H/M
1 dowel
2 dowels
3 dowels
2 by 3 d

Fmax
1.27
1.25
1.27
1.19

Kser
1.02
1.05
1.23
1.14

Kel
0.91
0.84
1.01
0.93

nef
1.00
0.98
1.00
0.94

5.3 COMPARISON WITH EUROCODE 5

Figure 8: Effective number of fasteners from test results

5.2.3 Stiffness
In figure 9, the value of Kser divided by the number of
fasteners is reported. According to Eurocode 5, stiffness
should have a linear relation with number of fasteners, and
consequently in the graph the test results should be
horizontally aligned. However, test results show clearly a
decrease in terms of stiffness per fastener, as found also in
other tests by Sandhaas [4], suggesting that an effective
number should be used also in stiffness calculation. The
scatter in stiffness per fastener decreases with increasing
number of fasteners.

5.3.1 Load carrying capacity
Eurocode 5 adopts Johansen’s equations for designing
connections. In order to calculate the joint LCC, two
parameters are required: embedment strength in timber
members and fastener yield moment. The parameters
depend on geometric quantities, such as timber member
thickness and fastener diameter; and mechanical properties,
such as timber density and steel strength. The equations
given in Eurocode for calculating these parameters are the
following:

f h,o, k  0.082(1  0.01d )  k

(1)

M y , Rk  0.3 f u ,k d 2.6

(2)

The embedment equation (1), of experimental derivation,
had been discussed by many authors and many other
formulae had been derived from other embedment tests
[4, 9]. The common features are: smaller dependence on
fastener diameter and larger dependence on timber density.
A proposed equation, which better suits for wood and
timber products with higher density values, is the following:

f h,o, k  0.082 k

(3)

The yield moment equation (2) is a regression equation
derived by Blass et al [10]. The equation was proposed as
argued that joint maximum LCCs are attained before
fasteners could reach bending angles of 45°. Therefore, the
activated bending moment would not reach the theoretical
yield moment given by equation (4):

M y , Rk  f y ,k d 3 / 6
Figure 9: Stiffness per fastener

5.2.4 Influence of steel grade
In order to evaluate the influence of the fastener steel
grade on the joint behaviour, table 4 reports the ratio
between mean values of series with VHSS dowels (Hseries) and mild steel dowels (M-series).

(4)

On the other hand, equation (2) is punishing for dowels
made out of steel with high strength or with large diameters
[4]. The reasons are: firstly, that with increasing strength,
the strain hardening ratio of steel decreases, and in equation
(2) the yield strength fy,k is replaced by a ratio on ultimate
strength fu,k, calibrated from mild steel. Secondly, the
difference between the values from equations (2) and (4)
grows with increasing diameter.
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A more suitable approach would be based on a fully
developed yield moment in the fastener and compare the
test results with the theoretically correct yield moment:

M y , Rk  f u ,k d 3 / 6

(5)

In formula (5) the yield strength has been replaced by the
ultimate strength.
In table 5 mean test values are compared with the results
from Eurocode 5 and with the proposed equations applying
declared by producer mean timber density (declaration of
performance) and observed mean steel ultimate strength
from tensile tests. Table 6 shows the prediction capacity of
the two formulations.
From the tables, it can be seen that values obtained using
the proposed equations better suit the experimental results
than Eurocode 5 equations, but both the formulations are
conservative. Observing the ratios of table 6, it can be seen
that Eurocode predictions are 25-35% lower than test
results.
On the other hand, the prediction ability enhances to an
underestimation of around 20% for H-series and 10% for
M-series using the proposed equations. The joint design of
Eurocode 5 seems to be too conservative.
Table 5: LCC from tests, EC5 and proposed equations (3) and
(5) with mean density and mean ultimate steel strength

Mean
results
H1
M1
H2
M2
H3
M3
H6
M6

Test
57.44
45.08
88.13
70.54
120.83
95.17
223.21
187.19

Fmax [KN]
EC5
39.66
31.52
58.28
46.32
83.94
66.73
167.89
133.45

Proposed
45.76
39.25
67.25
57.68
96.87
83.09
193.74
166.18

Table 6: LCC ratio of EC5 and prop equations on test results

Fmax ratio
H1
M1
H2
M2
H3
M3
H6
M6

EC5 / Test
0.69
0.70
0.66
0.66
0.69
0.70
0.75
0.71

Proposed / Test
0.80
0.87
0.76
0.82
0.80
0.87
0.87
0.89

5.3.2 Stiffness and effective number
In order to investigate how well the Eurocode 5 joint design
predicts the mechanical behaviour of the tested joints, also
stiffness and effective number are compared using mean
test results. The results are summarized in table 7: for each
joint configuration the ratio between observed average
stiffness (Kser and Kel), and Eurocode 5 one (Kser) is
presented, as well as the ratio between observed effective
number (which is obviously equal to 1 for H1 and M1
series) and that predicted by Eurocode 5.

Table 7 shows that Eurocode does not well-predict the
observed stiffness values. For joints with multiple fasteners,
it seems that the stiffness should be calculated with an
effective number of fasteners, similarly to what is needed
for the calculation of the load carrying capacity. With
reference to the effective number, Eurocode 5 equation
well-matches observed experimental values, showing
prediction errors which do not exceed 6%.
Table 7: Ratio of stiffness and effective number with EC5

EC5/Test
H1
M1
H2
M2
H3
M3
H6
M6

Kser
0.88
0.90
1.15
1.20
1.36
1.67
1.69
1.92

Kel
0.57
0.52
0.81
0.68
0.84
0.86
1.16
1.08

nef
1.00
1.00
0.96
0.94
1.01
1.00
1.09
1.02

6 CONCLUSIONS
The purpose of the experimental investigation was to
analyse double-shear steel to timber joints of beech-LVL
with slotted-in steel plates. Mild steel and VHSS dowels as
fasteners have been applied, enquiring whether VHSS
dowels can enhance timber joint performances.
Focusing on the mechanical performance, the load carrying
capacity of beech-LVL joints is high. The joints show
ductile behaviour, also with VHSS and multiple fasteners.
The scatter is small, pointing out the material reliability.
Observed FMs are generally in line with Johansen’s
equations predictions; an exceptional result was FM of
joints with one mild dowel, as the joints failed with steel
shear failure of the fastener.
Concerning the potential of very high strength steel, joints
with VHSS dowels show LCC 20-30% larger than with
mild dowels. This increase must be put in perspective and is
related to the ratio of the steel strengths applied. The VHSS
and mild steel had failure strengths of 1397 MPa and 725
MPa respectively. Consequently, differences will be greater
if mild steel is applied with lower yield strength.
Tensile and bending fastener tests show comparable ductile
behaviour of both VHSS and mild steel dowels; all the
bending specimens reached a bending angle of 60° without
significantly decreasing their bending moment; moreover,
VHSS dowels had larger strain than mild dowels in tensile
tests. Unexpectedly, mild dowels of ordered S235 showed
far larger mechanical properties than expected. This could
be unfavourable in terms of joint dissipation capacity, as for
instance in seismic structures. After the joint tests,
maximum bending angles of around 42° were reached.
The difference in terms of joint ductility when using
different steel dowels is evident but not crucial: M-series
have generally larger deformation capacity, but in onedowel-joints H-series exceed M-series ductility. No
differences in terms of effective number between H- and
M-series were found.
Eurocode 5 joint design equations have been found too
conservative for the observed strength of beech-LVL joints.
The predictions are 30-50% smaller than observed results.
Proposed improvements for fastener bending capacity and
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timber member embedment strength are better predicting
the test results, especially when using VHSS dowels in the
connections. Theoretical yield moment with steel ultimate
strength (5) visibly enhances the prediction capacity of
Eurocode formulation.
On the other side, the effective number of fasteners in a row
according to Eurocode 5 is well describing the LCC trend
of joints with multiple dowels.
Eurocode stiffness calculation has been found also quite
inadequate, not taking into account an evident relationship
between stiffness and number of fasteners. The observed
results suggest that an effective number of fasteners should
be adopted also for stiffness.
To conclude, very high strength steel fasteners are
considered to be suitable in timber joints, permitting an
optimisation especially when timber species or engineered
wood products with high strengths are used.
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MECHANICAL BEHAVIOR OF BOLTED GLULAM BEAM-TO-COLUMN
CONNECTIONS WITH SLOTTED-IN STEEL PLATES UNDER PURE
BENDING
Mingqian Wang1, Xiaobin Song2, Xianglin Gu3, Yajie Wu4
ABSTRACT: In this study, five full-scale bolted glulam beam-to-beam connections with slotted-in steel plates were
conducted under a third-point loading, and a three-dimensional finite element method based model was also established
to investigate the failure modes and moment resistance of such connections. A material model based on the Continuum
Damage Mechanics (CDM) theory was developed to predict damage evolution of wood. Different damage variables
were used to consider the ductile and brittle failure modes of wood, respectively. The test results indicated that splitting
and shear plug failures were the main failure modes. The numerical analysis model prediction achieved fair agreements
with the test results. The research could provide the guide for the design of bolted beam-to-column connections in
heavy timber structures.

KEYWORDS: Glulam, Bolted beam-to-beam connection, Slotted-in steel plate; A third-point loading; Finite element
method; Continuum Damage Mechanics.

1 INTRODUCTION 123
Glulam beam and column members of heavy timber
structures can be linked using various kinds of
connections, such as bolts, rivets, steel plates and glue-in
rods. Bolted connections with slotted-in steel plates
(hereinafter referred to bolted connections, figure 1) are
widely used due to its ease for design and construction.

Figure 1: Configuration of a bolted glulam beam-to-column
connection
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Research efforts has been made on the rotational
behavior of bolted connections [1–4]. T-shape
connections were generally used for simplicity of
loading. More specifically, beam-to-column connections
were rotated 90 degrees, with its column member fixed
on the ground. The horizontal force was applied on the
free end of beam member. Such connection specimens,
however, were subjected to combined shear and bending,
and the shear may increase the tensile stress
perpendicular-to-wood-grain around some bolts.
Considering that tensile strength perpendicular-to-woodgrain was low and splitting often took place in such
connections [1, 3], the loading scheme may accelerate
brittle failure of such connections, and underestimate
connection moment resistance.
Pure bending tests (with the connection placed in the
pure bending zone of the beam) provide an alternative
method for investigating the rotational behavior of
timber connections. Full-scale tests were initially
conducted on connections using glue-in rods [5, 6], but
the mechanical behavior between bolted and glue-in
connections was very different. Awaludin et al. [7]
examined the rotational behavior of bolted beam-tobeam connections with different bolt arrangements, but
limited replicates may weaken the conclusion, due to the
high variability of wood material properties.
Since experimental studies are inevitably affected by
laboratory restrictions, limited resources and the high
variation of the wood material properties; therefore, the
numerical simulations are needed to study the behavior
of such connections.
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The finite element (FE) method based technique has
been commonly chosen to predict the mechanical
performances of timber connections. The emphasis of
numerical simulation is to characterize the mechanical
behavior of wood, e.g., anisotropy and brittle/ductile
failure modes. Xu et al. [8] presented a finite element
model based on Hill yielding criterion, Hoffman failure
criterion, and constant damage variables. The model was
used to reveal the damage mechanisms of timber
connections. However, wood damage accumulation
increases with increasing load from the view of
continuum damage mechanics (CDM) theory; hence,
constant damage variables may not be adequate to
represent such damage evolution.
The (CDM) theory provides a tractable framework for
modelling the damage initiation and evolution of
composite materials [9–11]. Both the final failure load
and material information during the whole loading
history can be obtained using CDM. Multiple failure
criteria including Tsai-Wu criterion, Hoffman criterion
and Hashin criterion have been used to predict the
material failure onset [12]. Different kinds of damage
variables associated with the element characteristic
length and fracture energy were also developed to
control the ductile and brittle damage propagation [13–
14]. Since the mechanical behavior of composite
material and wood is similar, CDM theory has been
proposed and applied in the analysis of the mechanical
behavior of bolted timber connections [13]. However,
the model did not consider the rotational behavior of
bolted connections, and additional work is still needed to
alleviate mesh dependency problems in brittle failure.
Recently an on-going program has been conducted to
quantify the effect of shear on the moment resistance of
bolted glulam beam-to-column connections under
combined shear and bending. In this program, such
connection samples are conducted under different
combinations of shear and bending, including pure
bending tests, combined shear and bending tests and
pure shear tests. The failure mechanism of T-shape
connections under bending and the benchmark of
moment resistance can achieve using pure bending tests.
This paper is focused on the rotational behavior of bolted
glulam connections under pure bending. Section 2

Figure 2: Details of connection specimen (unit: mm)

describes the details about experiments of bolted glulam
beam-to-beam connections under third-point loading.
The test results, including the typical failure modes and
moment/rotational angle curves are presented and
discussed in Section 3. Wood material model based on
the CDM theory is developed and validated in Section 4.
In Section 5, a finite element method based model of
beam-to-beam connections is established and verified
with the test results. Section 6 summarizes the valuable
conclusion.

2 Experimental study

2.1 Materials and specimen preparation
A total of five bolted beam-to-beam connections were
produced and tested. The connection specimen mainly
consisted of glulam beam members, steel plate and bolts.
Figure 2 shows the connection dimensions.
The glulam beam section was 305 mm × 130 mm and
had a span of 1495 mm. The dimension lumber used in
this study was Canadian Spruce-pine-fir (No.1 Grade). A
gap of 10 mm was used between two symmetric beam
members to reduce the friction. In addition, all beam
members were predrilled with a tolerance of 1 mm for
the bolt diameter.
The connection area of the glulam member was slotted
with a width of 12 mm to accommodate the steel plate.
The Q390B (yielding strength of 390 MPa) steel plates
dimensions were 910 × 305 mm2 with a thickness of 9.5
mm.
Low-carbon steel hex bolts with a strength grade of 8.8
and a diameter of 20 mm were used. The edge and end
distance of the bolts were 70 and 140 mm, respectively,
according to the Chinese codes for the design of timber
structures [15]. Bolt spacing parallel and perpendicular
to the wood grain were 190 and 165 mm, respectively.
2.2 Loading scheme and data measurement
The tests were conducted in the timber testing laboratory
of Tongji University, Shanghai, China. Figure 3 shows
the specimen test setup. Such specimen
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Figure 3: Test setup

The loading equipment included a hydraulic jack and a
steel distributive girder. The load was applied through
the vertically placed hydraulic jack, which had a
maximum loading capacity of 100 kN and a range of 300
mm. The load was then divided into two point loads by
the distributive girder with a length of 1200 mm and
corresponding hinged supports. Simple lateral supports
were positioned at the end of the beam member to keep
the specimen stable.
Monotonic loading tests were carried out using a load
control mode at the loading rate of 3 kN/min. Each
specimen was preloaded to about 10% of the maximum
load and unloaded. The vertical force was then
continuously applied until significant damage took place.
The vertical force was monitored using the built-in load
cell of the hydraulic jack. A series of linear variable
differential transducers (LVDTs) were used to measure
the rotational displacements of the beam members
(Figure 4): LVDT D1 was used to monitor the horizontal
movement of the beam members; and, transducers D2
and D3 were used to measure the rotational displacement
of the beam members. (D3 was spaced 300 mm from D2;
and, the rotational angle of the left side beam, θL, was
(D2-D3)/300.) The symmetrical configuration of the
LVDTs was positioned on the right side of the specimen.

Figure 4: Data measurement configuration

3 Test results
3.1 Typical failure modes
When the vertical load increased, the beam compression
zones (connection area at midspan) initially pressed
against each other (Figure 5). With the increased input
load, tensile splitting took place around the bolts and
developed between the rows of the bolts on the bottom
side of the connection area. Wood plug failure was

observed when vertical load was close to the maximum
load.

Figure 5: Typical failure modes of beam-to-beam connection

3.2 Moment and rotational angle curves
The vertical force and displacements measured by the
load cell and transducers, respectively, were used to
calculate the moments and the corresponding rotational
angles. The averaged rotational displacements of the
beam members measured by the LVDTs (θAVG=
(θL+θR)/2) were calculated. The M – θAVG relationship of
each connection specimen is shown in Figure 6.
24

Moment （kN.m）
）

resembled a simply supported beam (two glulam beam
members spliced with a bolted connection at the
midspan), and was subjected to a third-point loading.

16
FE model
JD1-1
JD1-2
JD1-3
JD1-4
JD1-5

8

0

0

1
2
Rotational angle （°）

3

Figure 6: Test and modelling results of connections

3.3 Moment resistance

The moment/rotational angle curves, as shown in Figure
6, were used to evaluate the moment resistance and
deformability. The initial connection stiffness was
initially calculated based on the 20% and 40% of the
maximum moments and the corresponding rotational
angles [16]. The maximum connection moments were
then determined by the peak point of the curves. The
yielding moments were also calculated based on the 50%
maximum moment method proposed by Karacabeyli and
Ceccotti [17], due to the brittle failure of such
connections. Tables 1 and 2 summarize the test results.
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Table 1: Moment resistances (kN.m) of connections under

pure bending, including the means and standard
deviations of the five specimens

Yielding

Maximum

moment

moment

S1-1

12.7

25.4

S1-2

11.1

22.1

S1-3

10.3

20.6

Specimen ID

S1-4

10.6

21.3

S1-5

11.6

23.3

Averaged

11.3

22.5

value

(0.9)1

(1.9)

where 1, 2 and 3 represent the longitudinal, radial and
tangential directions, respectively; E is the elastic
modulus; G is the shear modulus and ν is Poisson's ratio.
To distinguish the different failure modes of wood, the
failure criteria proposed by Sandhaas [13] were utilized
and can be expressed by Equations (2) to (7):

11  0, Fc,1 ( ) =

stiffness

S1-1

Rotation angles
@yielding

@maximum

785.5

0.014

0.033

S1-2

826.5

0.013

0.032

S1-3

881.4

0.010

0.027

S1-4

784.3

0.011

0.023

S1-5

730.6

0.014

0.032

Averaged

801.7

0.012

0.029

value

(56.1) 1

(0.002)

(0.004)

Note: Standard deviations are within parentheses.

4 Wood material model
4.1 Wood material model development
Glulam is assumed to be a transverse isotropic material
in the linear elastic stage; therefore, the elastic stiffness
matrix can be written as [18]:
⎡ (1 ν 23ν 32 ) E11 /  (ν 12 +ν 13ν 32 ) E22 /  (ν 13 +ν 12ν 23 ) E33 /  0
⎢(ν +ν ν ) E /  (1 ν ν ) E /  (ν +ν ν ) E /  0
13 31
22
23
21 13
33
⎢ 12 13 32 22
⎢ (ν 13 +ν 12ν 23 ) E33 /  (ν 23 +ν 21ν 13 ) E33 /  (1 ν 12ν 21 ) E33 / 
0
C= ⎢
0
0
0
G12
⎢
⎢
0
0
0
0
⎢
0
0
0
0
⎢⎣

 = 1 ν 12ν 21 ν 13ν 31 ν 23ν 32  2ν 13ν 21ν 32

(3)

ft ,22

 33  0, Ft ,3 ( ) =

(rad) of connections under pure bending, including the
means and standard deviations of the five specimens

ID

11
1
fc,1
+

0
0

0
0
G13
0

0 ⎤
0 ⎥⎥
0 ⎥
⎥
0 ⎥
0 ⎥
⎥
G23 ⎥⎦

(1)

f122

+

f 232

 332  132  232
ft ,32

1

 22
1
fc ,2

 22  0, Fc,2 ( ) =

+

 33  0, Fc,2 ( ) =

Table 2: Initial stiffness (kN.m/rad) and rotational angles

Initial

(2)

ft ,1

 222  122  232

 22  0, Ft ,2 ( ) =

Note: Standard deviations are within parentheses.

Specimen

11

1

11  0, Ft ,1 ( ) =

f132

+

f 232

 33
1
fc ,3

(4)
(5)

1

(6)
(7)

Where ft is the tensile strength, fc is the compressive
stress, and f12, f13 and f23 is the shear stress. Since the
longitudinal damage initiation was governed by the
continuous wood fibre, a simple Max-stress criteria was
adopted to control tensile and compressive failure. In
radial and tangential direction, a failure criteria with the
quadratic combination of tensile and shear stress was
used to consider the combination of tensile failure
perpendicular-to-wood-grain and longitudinal shear
failure. In addition, a Max-stress criteria with the ductile
damage variables was used to realize the ductile
compression failure.
For post failure behavior, three damage variables d1, d2
and d3 were determined to control the damage evolution
of the longitudinal, radial and tangential directions,
respectively. Each damage variable is the combination of
the tensile and compressive damage variables using the
Macaulay operator. The damage in other directions is
represented by these three damage variables. The
damage stiffness matrix can be written as [19]:
0
0
0 ⎤
⎡ α C11 α C12 α C13
⎢α C
C
C
0
0
0 ⎥⎥


12
22
23
⎢
(8)
⎢α C31  C32  C33
0
0
0 ⎥
CD = ⎢
⎥
0
0
0
0 ⎥
α C44
⎢ 0
⎢ 0
0
0
0
0 ⎥
α C55
⎢
⎥
0
0
0
0
 C66 ⎥⎦
⎢⎣ 0

α = 1  d1  = 1  d2  = 1  d3

The tensile and compressive damage evolution are
controlled by different damage variables [13, 14]. The
damage variables are listed as follows:
Brittle:
⎡
L  fε f ⎤
1
(9)
d ( F ) = 1  exp（1-F） c
i

Ductile:

Fi

⎢
⎣

i

Gf

⎥
⎦
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1
(10)
Fi
where Fi is the state variable, Lc is the element
characteristic length, σf and εf is the failure stress and
strain, Gf is the fracture energy.
Since the damage variables were introduced in the wood
material model, the computation process became
difficult to converge. In this study, viscous regularization
was applied to improve the convergence of nonlinear
numerical simulation. The time derivatives of the
damage variables can be expressed as:
1
(11)
D I = (d I  d Iv ), I = (1, 2, 3)
I

A crack band [21] was developed in tension model to
localise the damage evolution in the crack band element.
Figure 9 illustrates the FEM prediction results of wood
under single axis loading (both parallel and
perpendicular to wood grain). This indicated that the
proposed wood material model could take into account
the ductile/brittle failure modes.

where Dv and η is the regularized damage variables for
mode I and viscous coefficient.
The wood material model was implemented in the
commercially available software ABAQUS Standard
with a user-defined subroutine, UMAT [20]. Figure 7
outlines the subroutine flowchart.

(a) Compression

d ( Fi ) = 1 

Wood
i

Steel block

Crack band zone

4.2 Verification of UMAT subroutine
The following verification of UMAT subroutine
included the mechanical behavior of wood under simple
and complex stress. Finite element models of different
loading schemes were established, as shown in Figure 8.

Figure 7: Flowchart of the UMAT subroutine

(b) Tension

Figure 8: Wood material model verification

Load (kN)
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45

the corresponding glulam design code [24]. The material
characters of glulam are listed in table 3.

30

Table 3: material characters of glulam
compression parallel to grain

15

Tension paralell to grian

EL
(MPa)
12000
G12
(MPa)
650
fc,1
(MPa)
35.0
Gf,1
(N/mm)
6.0

0
0

0.5

1
1.5
Deformation （mm）

2

4

Load (kN)

3
2

compression perpendicular to grain
Tension perpendicular to grian

1
0
0

0.5

1
1.5
Deformation （mm）

2

Figure 9: FEM prediction of wood under single axis loading

Since the splitting and shear plug failures were the main
failure modes of connections, therefore, verification of
the combination of tensile stress perpendicular-to-woodgrain and longitudinal shear stress was of primary
importance. When loading direction did not coincide
with wood grain direction, the wood specimen was
generally subjected to combined tensile stress
perpendicular-to-wood-grain and longitudinal shear
stress (Figure 10). And different combination can be
realized by varying the angle θ. Figure 11 shows the
comparison between the FEM results and Hankinson
equation [22]. It can be seen that the FEM model
prediction exhibited fair agreement with the Hankinson
equation, which implied that the wood material model
was suitable to represent the interaction of splitting and
longitudinal shear failure.
1

2

θ

ER
(MPa)
500
G13
(MPa)
650
fc,2
(MPa)
5.5
Gf,2
(N/mm)
0.5

ET
(MPa)
500
G23
(MPa)
650
fc,3
(MPa)
5.5
Gf,3
(N/mm)
0.5

ν12

ν31

ν23

0.35
ft,1
(MPa)
27.0
f12
(MPa)
8.0

0.05
ft,2
(MPa)
1.5
f13
(MPa)
8.0

0.05
ft,3
(MPa)
1.5
f23
(MPa)
8.0

The bolts and steel plates are assumed as ideal
elastoplastic. Table 4 lists the material properties of bolts
and steel plates.
Table 4: material properties of bolts and steel plates

Elastic modulus (MPa)

Bolt

Steel plate

2.0×105

2.0×105

Poisson’s ratio

0.3

0.3

Yielding strength (MPa)

640

390

Penalty function method and “Hard” contact method are
used to characterize the tangential and normal behavior
between the bolts and bolt holes, respectively.
Constraint-tie is set up between the bolts and steel plates
without consideration of the gap of bolts and bolt holes.
The beam members were modelled by an 8-node linear
hexahedral element, C3D8. The 8-node linear hexahedral
reduced integration element, C3D8R, was used to model
the mechanical behavior of the bolts and steel plates. The
FE method based model is shown in Figure 12.

Figure 10: Loading scheme for complex stress
Tension strength (MPa)

30

ft , =
20

f t ,0  f t ,90
ft ,0 sin1.75  + ft ,90 cos1.75 

Figure 12: Finite element method based model

Hankinson equation
10

5.2 Connection model verification

FEM model prediction

0
0

15

30

45

60

75

90

Angle to wood grain

Figure 11: Comparison of FEM results and Hankinson
equation

5 Bolted glulam connection model
5.1 Connection model development
The material properties were determined based on
similar research on bolted spruce connections [13] and

Damage variable d2 of the right glulam beam member at
different loading levels is shown in Figure 13, because
the cracks were mainly driven by the tensile stress
perpendicular to the wood grain. From the figure, it can
be seen that the damage evolution was in accordance
with the crack propagation: the damage initially took
place around the bolts (at 50% of the maximum load),
then propagated between the rows of the bolts (at 90% of
the maximum load), and eventually reached the end of
the beam member (at 98% of the maximum load after
peak load).
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Figure 13: Damage distribution perpendicular-to-wood-grain

The moment/rotational angel curve of the model
prediction is shown in comparison with the test results in
Figure 5. Good agreement regarding the initial stiffness
and moment resistance was achieved, and the modelling
error was less than 10%, as listed in Table 5. This
implied that the numerical model was adequate to
simulate the bolted glulam connection.
Table 5: Comparison between the test results and

numerical analysis model prediction

Initial stiffness
(kN.m/rad)
Maximum moment
(kN)

Tests

Prediction
model

Modelling
error

801.7

832.0

3.7%

22.5

20.6

-8.4%

6 CONCLUSIONS
This paper summarizes the results of an experimental
and numerical study on rotational behavior of bolted
glulam beam-to-beam connections with slotted-in steel
plates. A wood material model was developed and
validated based on the theory of Continuum Damage
Mechanics. A three-dimensional finite element method
model of such connections was also established based on
the wood material model. It was found that the main
failure modes of such connections were splitting and
shear plug failures. Good agreements were achieved
between the test results and the prediction of the model.

ACKNOWLEDGEMENT

This study is finically supported by the National Natural
Science Foundation of China (51478336).

REFERENCES

[1] Lam F, Schulte-Wrede M, YAO C.C, et al. Moment
resistance of bolted timber connections with

perpendicular to grain reinforcements. In:
proceeding of the World Conference Timber
Engineering, 2008.
[2] Gehloff M., Closen M., and Lam F, et al. Reduce
edge distances in bolted timber moment connections
with perpendicular to grain reinforcements. In:
proceeding of the World Conference Timber
Engineering, 2010.
[3] Wang M, Song X, Gu X, et al. Rotational Behavior
of Bolted Beam-to-Column Connections with
Locally Cross-Laminated Glulam. Journal of
Structural Engineering, 2014, 141(4): 04014121.
[4] He M, Liu H. Comparison of glulam post-to-beam
connections reinforced by two different dowel-type
fasteners. Construction and Building Materials,
2015, 99: 99-108.
[5] Madhoushi M, Ansell M P. Flexural fatigue of beam
to beam connections using glued-in GFRP rods.
Proceedings of 8th world conference in timber
engineering, Lahti, Finland. 2004.
[6] Madhoushi M, Ansell M P. Behaviour of timber
connections using glued-in GFRP rods under fatigue
loading. Part I: In-line beam to beam connections.
Composites Part B: Engineering, 2008, 39(2): 243248.
[7] Awaludin A, Smittakorn W, Hayashikawa T et al.
M-θ curve of timber connection with various bolt
arrangements under monotonic loading. 構造工学
論文集 A, 2007, 53: 853-862.
[8] Xu B H, Bouchaïr A, Taazount M, et al. Numerical
and experimental analyses of multiple-dowel steelto-timber joints in tension perpendicular to grain.
Engineering Structures, 2009, 31(10): 2357-2367.
[9] Maimí P, Camanho P P, Mayugo J A, et al. A
continuum damage model for composite laminates:
Part I–Constitutive model. Mechanics of Materials,
2007, 39(10): 897-908.
[10] Lapczyk I, Hurtado J A. Progressive damage
modelling in fibre-reinforced materials. Composites
Part A: Applied Science and Manufacturing, 2007,
38(11): 2333-2341.
[11] Chen J F, Morozov E V, Shankar K. A combined
elastoplastic damage model for progressive failure
analysis of composite materials and structures.
Composite Structures, 2012, 94(12): 3478-3489.
[12] Kang H, Shan Z, Zang Y, et al. Progressive damage
analysis and strength properties of fibre-bar
composites reinforced by three-dimensional
weaving under uniaxial tension. Composite
Structures, 2016.
[13] Sandhaas C. Mechanical behavior of timber joints
with slotted-in steel plates. TU Delft, Delft
University of Technology, 2012.
[14] Linde P, Pleitner J, de Boer H, et al. Modelling and
simulation of fibre metal laminates. ABAQUS Users’
conference. 2004: 421-439.
[15] Standards Press of China. (2003). Code for design
of timber structures. GB 50005-2003, Beijing.
[16] Heine C P. Simulated response of degrading
hysteretic joints with slack behavior. Blacksburg,
Virginia, Virginia Polytechnic Institute and State
University, 2001.

WCTE 2016 e-book | 284

[17] Karacabeyli E, Ceccotti A. Nailed wood-frame shear
walls for seismic loads: Test results and design
considerations. Proceedings of the Structural
Engineers World Congress. San Francisco, USA:
Elsevier, 1998: Paper No. T207-6.
[18] Chen H F, Saleeb A F. Elasticity and plasticity.
China Architecture and Building Press, Beijing,
2005.
[19] Ai S, Fang D, He R, et al. Effect of manufacturing
defects on mechanical properties and failure features
of 3D orthogonal woven C/C composites.
Composites Part B: Engineering, 2015, 71: 113-121.
[20] Simulia DCS. ABAQUS 6.11 Analysis User’s
Manual. ABAQUS 6.11 Documentation; 2011.
[21] Bažant Z P, Oh B H. Crack band theory for fracture
of concrete. Matériaux et construction, 1983, 16(3):
155-177.
[22] Hankinson R L. Investigation of crushing strength of
spruce at varying angles of grain. Air service
information circular, 1921, 3(259): 130.
[23] American Society of Mechanical Engineers. ASTM
D143-09: Standard Test Methods for Small Clear
Specimens of Timber Strength of Wood and WoodBased Products. Annual Book of ASTM Standards,
2002, Vol. 04.10, West Conshohocken, PA, USA.
[24] European Committee for Standardization (CEN).
Timber structures–Glued laminated timber–Strength
classes and determination of characteristic values,
EN 1194. Bruxelles, Belgium, 1998.

WCTE 2016 e-book | 285

COMMENTS TO ROUND TIMBER BOLTED JOINTS
CARRYING CAPACITY
Antonín Lokaj1, Kristýna Klajmonová2
ABSTRACT: Timber constructions made of round timber become increasingly popular nowadays. It concerns
footbridges, bridges, watchtowers or playground equipment. If these constructions are designed with truss supporting
system, element joints are often made of bolts with slotted-in steel plates. Joints in round timber don`t have sufficient
support in existing Eurocodes. Problem is also in determination of cyclically loaded round timber joints (fatigue loading
in wood). Aim of this paper is to present results of static and dynamic tension tests of round timber bolted joints with
slotted – in steel plates. Some of these round timber joints samples were reinforced in timber part (near the bolt) by
various ways (screws, special washers, steel bands, steel plates and nails). The main reason of the reinforcing of the
joints was increasing carrying capacity and safety of these joints in tension. This paper presents the results of static tests
in tension at an angle of 90°, 60° and 0° to the grain of round timber bolted joints with reinforcement.
KEYWORDS: Round, Timber, Joint, Capacity, Tension

1 INTRODUCTION 123
During the last decades the use of round timber
constructions has increased significantly. Actual trends
support the use of ecological constructions. These
structures are environment friendly and emphasize used
natural and renewable building materials. Round timber
structures (milled or simply stripped of bark) meet all
these requirements. Various view-towers (see Fig. 1, 2),
pedestrian bridges, visitor centres in natural parks or in
the ZOO, playground equipment and other landscape
structures are built from round timber logs. In all cases
the structural systems were used as an interesting
architectural feature.

About forty view-towers were built in the Czech
Republic in the last 10 years. The tallest round timber
view-tower in central Europe was built at Bohdaneč in
the Czech Republic [1] (see Fig. 1). Height of the tower
is almost 53 m. The tower was opened in 2011.

Figure 2: Round timber view tower in Vlčnov (left) and detail
of element connection (right)

Figure 1: Round timber view tower in Bohdaneč
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Antonín Lokaj, VŠB-Technical University of Ostrava,
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2
Kristýna Klajmonová, VŠB-Technical University of Ostrava,
Czech Republic, kristyna.klajmonova@vsb.cz

If these constructions are created with truss supporting
system (e.g. view-towers, pedestrian bridges), elements
connections are often designed from steel bolts with
embedded steel plate. In the current European standards
for the design of timber structures [2], the issue of joint
type timber-to-timber is solved only for squared timber
[3].
The strength of wood varies depending on the force
direction relative to the orientation of the grains. The
highest value reaches the tensile strength parallel to the
grain, the average value indicates 120 Nmm-2. This high
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strength is mainly due to the shape of cells and fibrous
cell wall structure. Tensile strength perpendicular to the
grain is hand the smallest strength of wood at all. The
average tensile strength perpendicular to the grain is in
the range 2 Nmm-2 and 5 Nmm-2. This corresponds to
1/20 of the tensile strength of the wood parallel to the
grain [4] Low value of tensile strength perpendicular to
the grain is caused by orientation of the binding forces.
Hydrogen bonds and van der Waals forces connect fibers
in the transverse direction. Tensile stress of timber
perpendicular to the grain is desirable in use in the
support structure.

2 DOWEL TYPE JOINTS
Timber as a material is characterized in general by a
brittle mechanical behavior, only a relatively small
deformation can be measured before members fail. This
phenomenon is not desirable in the design of
constructions. A high level of deformability of joints is
therefore suitable for the design of the connections. If the
desired ductility of joints is not achieved, a splitting of
the connected parts can occur. An elastic-plastic
behavior of joints with sufficient joint ductility is ideal.
If the fastener is loaded, it comes into contact with the
hole until it is pressed continuously against it
(embedded). When the loads are increased even further,
a linear (more or less) behaviour between loading and
displacement can be found. If the joint has only small
deformation capacity before it reaches the ultimate load
(the behaviour of the joint is brittle), the failure occurs
unexpectedly [5].
One of key issues of the effective use of timber as a
construction material is a guarantee of material technical
parameters. Before round timber material is used in a
construction, its technical properties have to be verified.
Mechanical reinforcement possibilities of round timber
bolted joints were researched and tested in laboratory of
the Faculty of Civil Engineering in Ostrava. As can be
seen in Fig. 3, for some fasteners, an initial slip occurs.
If the fastener is loaded, it comes into contact with the
hole until it is pressed continuously against it
(embedded). When the loads are increased even further,
a linear (more or less) behaviour between loading and
displacement can be found. If the joint has only small
deformation capacity before it reaches the ultimate load
(the behaviour of the joint is brittle), the failure occurs
unexpectedly. Contrary to this, ductile joints are
characterized by significant deformations before they
reach the ultimate load. The ductile failure mode should
appear in well-designed joints [6].

Figure 2: Typical load-slip-curve of joints [6]

The mechanism of damage depends on the geometry of
the connection and the properties of construction
materials, particularly on a plastic torque of dowel and
tensile deformation of the wall of dowel hole in the case
of timber or wood-based material.

Figure 4: Fracture mechanisms of double-shear dowel type
steel to timber joint according to Johansen's theory

3 MATERIAL AND TESTS METHODS
3.1 TEST SAMPLES
Spruce wood was used for samples. A few
nondestructive tests were carried out before of the static
tests in the press.
Table 1: Results of non-destructive test for samples loaded in
tension parallel to the grain
Tension orientation
Value

0°
𝑥̅

Number of samples
Density
(kgm-3)
Moisture content
(%)

SD

CV

12
412.6

42.1

10.2

11.6

1.1

9.4
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Table 2: Results of non-destructive test for samples loaded in
tension at an angle 60°to the grain
Tension
orientation

Value

60°
𝑥̅

Number of samples
Density
(kgm-3)
Moisture content
(%)

SD

CV

12
405.9

26.4

6.5

11.3

1.1

8.9

Figure 5: Laboratory press machine

Table 3: Results of non-destructive test for samples loaded in
tension at an angle 90°to the grain
Value

Tension orientation
90°
𝑥̅

Number of samples
Density

SD

CV

12
414.9

46.2

11.1

11,4

1,1

9,6

(kgm-3)
Moisture content
(%)

It was necessary to adapt the dimensions of the test
samples to dimensional possibilities of the laboratory
machinery (see Fig. 5). Thus, the member length was
450 resp. 560 mm, and the diameter was 120 mm. Bolts
made of high strength steel (category 8.8) were used.
The connection plates were made of steel S235. The
plates had thickness of 8 mm. Holes in the steel plates
and timber with a diameter of 22 mm respectively 20
mm were used. The holes distance to the free end in
timber was 140 mm, in steel 50 mm.
A steel product for load distribution testing was
manufactured (see Fig. 6). In order for the load direction
to be perpendicular to the grain, the samples were
subjected to a simple tension test. The tension force was
increased gradually. Test parameters were the same for
all the samples. More information about the tests can be
found in [7].
It was tested twelve samples of each type of tensile
strain.

Figure 6: Steel product for load distribution

3.2 STATIC TESTS
Each round timber sample which was subjected to a
simple tension test had the same test parameters. The
tension force on samples loaded parallel to the grain was
increased gradually. Choosing rate of displacement of
the press jaws was optimal. Each specimen failure
occurred in time boundary of 300 ± 120 sec.

Figure 7: Comparison of test records of unreinforced round
timber samples in tension at different angles
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3.3 DYNAMIC TESTS
Dynamic tests on similar testing samples were prepared
on the basis of the results of static tests of bolted joints
carrying capacity. The dynamic tests were carried out on
pulsator devices (see Fig. 8). The magnitude of the
tension forces was between 80  and 140  of the
average static carrying capacity of the joints. The various
numbers of loading cycles (3 – 120000) was achieved.
The frequency was 3 or 4 Hz.
Testing samples in dynamic tests were similar to samples
in static tests. Spruce round timber with diameter 120
mm and sample length 700 mm was used. The bolts
made of HS (High Strength Steel) steel category 8.8 (fy =
640 Nmm-2, fu = 800 Nmm-2) with diameter 20 mm
were used. Connection plates made of steel S235 with
thickness of 8 mm and width of 70 mm were used. Holes
for bolts in steel plates have diameter of 22 mm. Holes
for bolts with diameter 20 mm were made in the round
timber. Some samples were reinforced by screws (5/90
mm) placed 25 mm under hole, perpendicular to the
direction of tension force and grains. There were tested
20 unreinforced samples and 12 reinforced samples (6
samples with modified washers and 6 samples by screws
5/90 mm).

plate is allowed to move freely prescribed of 5 mm (shift
exerts tensile stress joint). Models of joints are shown in
Fig 9. The left figure shows meshed model of round
timber joint loaded parallel to the grain. In the middle
picture the model is loaded at an angle of 60° to the
grain. For joint at an angle of 60°, steel product for
loading distribution was also modeled to achieve the
same rigidity as the clamp when the real laboratory
testing.

Figure 8: Test machine for dynamic testing

3.4 NUMERICAL MODELING

Figure 9: Numerical models of round timber joints

There were numerical models made of the round timber
bolted joint with slotted – in steel plates loaded strained
by the tension force to discover the extreme stresses in
the timber and also the steel parts of the joint.
The joint was loaded by moving the press machine jaws
in a laboratory test. The joint was loaded only with
deformation and static load in a numerical model.
Dynamically loaded joint real test was not numerically
simulated. In the numerical model, the load was dosed as
a deformation on the track of 5 mm [8]. The boundary
conditions are set to correspond as much as possible to
real clamping in the press machine. One end of the inner
steel plate is fixed in all three directions of movement
and the second end is fixed only in direction
perpendicular to the inner steel plate. Direction parallel
to the axis of the round timber element and the steel

The finite element mesh is smoothed in the area of bolts
in all numerical models. This refinement is important for
optimal load spreading from bolts into the wood.
Numerical models were calculated geometrically and
physically nonlinear with contact elements in the bearing
surfaces. Timber was modeled as orthotropic material.
Orthotropy was specified to round timber in cylindrical
coordinates. The direction of the radial rays is the same
as in natural wood, that is, from the center outwards. The
tangential direction is tangent to the circumference of
round timber. Orthotropy longitudinal axis coincides
with the longitudinal axis of the logs. The results on
tension are plotted in this cylindrical system. The
numerical model is constructed of eight nodal solid
features SOLID45. These elements support orthotropic
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setting for the timber and also allow to enter anisotropy.
The calculations were made for several working setting
diagrams of wood and steel elements. It is possible to get
closer to the real response by physical measurement of
round timber tensile by gradually refinement of wood
working diagram.

used for this reinforcement. The screw was placed in a
longitudinal direction 40 mm off the dowel axis, and 20
mm off the round timber edge in a cross direction.

4 REINFORCEMENT
4.1 REINFORCEMENT
In case of a sample failure, the upcoming samples are
reinforced [9]. Reinforcement design of round timber
samples was based on unreinforced samples test results.
The main purpose of sample reinforcing is to delay the
occurrence of a failure [10]. For decreasing the
probability of a crack occurrence during sample testing,
reinforcement should be in the direction perpendicular to
the grain. A total of six reinforcement methods were
tested - applying modified washers, applying common
wood screws (one or two under each bolt), steel plates
and applying steel bands and self/drilling screws (see
Fig. 10). Reinforcement (especially by screws) also
works as prevention from cracks during timber drying
occurrence. Steel reinforcement elements exposed to the
weather must be provided with surface finish (e.g.
galvanizing) before use in construction.
The main purpose of a sample reinforcing is to delay the
occurrence of a failure. For decreasing the probability of
a crack occurrence during sample testing, reinforcement
should be in the direction perpendicular to the grain [11].
Reinforcement by modified washers and self-drilling
screws were used.
Modified Washers. For the modified washers approach,
the washers were made of steel plate with a thickness 6
mm, category S235. The dimensions of these plates were
60 mm to 100 mm. Holes with a diameter of 22 mm
were used. The washers were rounded to fit tightly to the
round timber sample, and the wood in the area of a bolt
was clamped tightly as well.
BOVA plates. This is a steel plate with a thickness of 2
mm and dimensions of 40 to 120 mm, provided with
holes for nails. The plate was fastened to a sample with
four nails. Plates were bent according to shape of the
sample.
One Screw. For the common wood screws approach, the
tested screws had a diameter of 5 mm and the length of
90 mm. One screw was located under each bolt (in the
direction of loading). The screws were oriented
perpendicular to the grain.
Two Screws. The principle of reinforcement with two
screws is similar to the one with just one screw. For the
common wood screws approach, the tested screws had a
diameter of 5 mm and the length of 90 mm. Two screws
were opposite each other and located under each bolt (in
the direction of loading). The screws were oriented
perpendicular to the grain.
Steel Band. The last method is to tighten the end of the
samples with a steel band. The band has a thickness of
0.9 mm and width 9 mm.
Self-drilling screws. Self-drilling screws for wood with
double thread 6.5×90 mm (company SFS Intec) were

Figure 10: Half-models of reinforced samples

5 RESULTS
5.1 STATIC TESTS RESULTS
At first, unreinforced samples were tested. All testing
samples were damaged by splitting (see Fig. 11).
Embedment below the bolts grew during loading, and
the crack was initiated. During next loading, the crack
grew rapidly and uncontrolled until the final damage.
Sample failures were caused by reaching the critical
tensile stress perpendicular to the grain.
The analysis of the test data showed that the average
load-carrying capacity of the bolted joint in tension
parallel to the grain is 64.9 kN (SD = 6.3 kN, CV = 9.7
%). Samples in tension perpendicular to grain reached
average value of load carrying capacity 40.6 kN (SD =
5.0 kN, CV = 12.5 %). Average load-carrying capacity
of the test samples in tension at an angle 60° to the grain
is 41.7 kN (SD = 4.8 kN, CV = 11.5 %).
The load-carrying capacity is determined by creating of
the first crack in timber element (Smith et al 2013; Blass
et al 2011). Further increase in force causes the
development of cracks up to final damage of timber
element (see Fig.11).

Figure 11: Damaged unreinforced samples
Table 4: Unreinforced samples results

𝑥̅

Tension orientation at an angle to the grain
0°
60°
90°
SD CV
𝑥̅
SD CV
𝑥̅
SD

CV



412

42

10

406

26

7

415

46

11

FRd

65

6

10

42

5

12

41

5

13
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where:
…
density (kgm-3)
FRd … carrying capacity from tests
Thereafter, reinforced samples were tested. There were
prepared and tested twelve samples with each
reinforcement method. Test conditions were the same as
for unreinforced samples. Firstly, reinforced samples
were tested only in tension parallel to the grain. Also
reinforced samples were damaged by splitting, but in
many cases plug shear failure were occurred (see Fig.
13).

Figure 12: Sample reinforced with steel band was damaged by
splitting

For further testing (in tension at an angle of 90° and 60°
to the grain) were selected reinforcement methods used
modified washers and self-drilling screws. These
methods reached the best results in tests in tension
parallel to the grain.

Figure 15: Comparison of test records of unreinforced (dashed
lines) and samples reinforced with modified washers (solid
lines)

Figure 13: Plug shear failure

Based on results, reinforced samples were able to
withstand around 10-20 % more pressure before
cracking than the unreinforced ones. Comparison of
carrying capacity improvement for each reinforcement
type is shown in Fig. 14.

Figure 16: Comparison of test records of unreinforced (dashed
lines) and samples reinforced with self-drilling screws (solid
lines)

Figure 14: Comparison of reinforcement efficiency

Graphs on Figures 15 and 16 show that the
reinforcement joints not only leads to a significant
increase in loading capacity in tension of connections,
but also to a significant increase in plastic deformation
of the joint, thereby increasing the reliability and safety
of the connection. The joint will become less brittle and
prone to immediate collapse of the overload (but
deformation is increased). Reinforcement also leads to
increased stiffness of the joint.
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5.2 DYNAMIC TESTS RESULTS
There are demonstrated results of the dynamic tests in
Fig. 17.

Figure 19: Sample damaged by plug shear

5.3 NUMERICAL MODELS RESULTS
Figure 17: Results of multicycling tension tests

There can be seen three trends of the relationship
between carrying capacity of the joint loaded by
dynamic forces (Fdyn) and carrying capacity of the joint
loaded statically (Fstat) – Frel - in dependence of number
of loading cycles (N) and way of reinforcing
(unreinforced samples, samples reinforced by modified
rounded washers and samples reinforced by screws)[12]:
𝐹𝑟𝑒𝑙 =

𝐹𝑑𝑦𝑛
𝐹𝑠𝑡𝑎𝑡

(1)

During dynamic testing (by multicycling passing
loading) one part (50 %) of tested samples reinforced by
modified washers failed in different way in opposite to
static tests – by tension (see Fig. 18 - left). Other
samples (also all samples reinforced by screws) mainly
failed by splitting (see Fig. 18 - right), only several failed
by plug shear (see Fig. 19). After several cycles small
plastic zone in timber element under bolt was observed
and then this zone protected round timber element from
rapid development of initial crack.

The resulting values of maximum force obtained from
models of round timber loaded perpendicular to the
grain, parallel to the grain and at an angle of 60° were
identical with real tests. Reached value for numerical
models is heavily dependent on the selected anisotropy
of timber samples and setting of the maximum stress for
three directions orthotropy and strengthening. Numerical
models did not take into account disconnection of finite
elements, so avoid any tearing of fibers. This effect is
simulated in numerical models by HILL ANISOTROPIC
HARDENINIG (HAH). The calculation is terminated
after reaching a certain stress levels where it is not
fulfilled the condition by HAH (see Fig. 20).

Figure 20: Comparison of laboratory test and numerical
models for samples in tension at an angle of 60° to the grain

6 CONCLUSION

Figure 18: Failure of samples reinforced by modified washers
(left), by screws (right) under cyclic loading in tension

Allowing for the number of the samples being small, the
presented results are bound to bear statistical errors. The
response of all the tested joint samples without
reinforcement showed certain common signs. After the
initial joint deformation (meaning a displacement of
approximately 5 mm), which was brought about by a
different diameter of the dowel and the hole in the steel
plate, an almost linear phase of the joint work diagram
up to the level of 80 % of the maximum load carrying
capacity occured. After having exceeded this load level,
an audible cracking and a plastic deformation of the joint
came about, meaning the deformation of the joint grew
more than would normally correspond to its force
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development. As the result there was a rapid splitting of
the wooden element in its final phase in the area between
the dowel and the edge of the round timber.
During cyclic tension tests there can be observed almost
5 % increasing of the carrying capacity in multicycle
tension loading of samples with joints reinforced by
screws in opposite to unreinforced joints and over 20 %
increasing of the carrying capacity in multicycle tension
loading of samples with joints reinforced by modified
rounded washers in opposite to unreinforced joints.
The reinforced samples were able to absorb around 20 %
more pressure before cracking than the unreinforced
ones. The reinforcement of the wooden element in the
area of the dowel caused not only an increase in strength,
but also an increase in the joint ductility. The reinforced
joints did not break in a brittle way. The collapse came
about gradually and accompanied by large deformations.
This reinforcing method is inexpensive owing to the
usage of affordable parts. In terms of fire resistance,
another advantage of the reinforcement using selfdrilling screws is little disruption of the wooden element.
The surface of the screw head, which is exposed to fire,
is small and significantly reduces the amount of heat that
can pervade the wood. Countersunk-head bolt can also
act as a screw, where the head of the screw is covered up
by a cap of some sort. Further or follow-up work, which
is being considered in this area, is to gather more
samples for testing and thus eliminating the statistical
error.
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DUCTILITY AND OVERSTRENGTH OF DOWELLED LVL AND CLT
CONNECTIONS UNDER CYCLIC LOADING
Lisa Mar i

Ott nhaus1, Min hao Li2, To ias Smith3, Pi rr

u nn ill

4

ABSTRACT: This paper presents an experimental study on ductility and overstrength of dowelled connections.
Connection ductility and overstrength derived from monotonic testing are often used in timber connection design in the
context of seismic loading, based on the assumption that these properties are similar under monotonic and cyclic loading.
This assumption could possibly lead to non-conservative connection design. Therefore, it is necessary to quantify ductility
and overstrength for cyclic loading and contrast them with their monotonic performance. For this purpose, monotonic and
quasi-static cyclic experimental tests were performed on dowelled LVL and CLT connections. The experimental results
were also compared with strength predictions from state-of-the-art analytical models in literature that were verified for
ductile and brittle failure under monotonic loading. This work also allowed investigation into a generally applicable
overstrength factor for push-pull loaded dowelled connections.
KEYWORDS: Dowelled connections, Ductility, Overstrength, Cyclic loading, CLT, LVL

1 INTRODUCTION
Connections in timber structures are often the main source
of ductility and energy dissipation during seismic events
with the timber itself being prone to brittle failure.
Therefore, the cyclic response of timber connections
needs to be well understood to ensure structural safety.
Strength calculation rules in current timber design codes
are usually based on monotonic test results and often tend
to produce conservative design values [1]. Connection
ductility, a crucial parameter in seismic design, is often
obtained from monotonic testing assuming that similar
ductility can be achieved under cyclic loading. The
discrepancy between analytically predicted design
strength and the 95th-percentile of the true strength
distribution is generally referred to as overstrength [2].
Overstrength is used to protect the mainly brittle members
outside of the ductile areas and is another crucial
parameter in capacity design. In literature, a limited
number of overstrength factors have been derived for a
small range of connections [3, 4]. General applicability of
these values requires further research.

2 THEORETICAL CONSIDERATIONS
2.1 CYCLIC VS MONOTONIC DUCTILITY
Equation 1 contains two common ductility definitions for
monotonic loading, both requiring determination of the
_________________________________________________
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yield point as shown in Figure 1 (left):

1 

 max

; 2  u
y
y

(1)

where i = ductility ratio, u = ultimate displacement
(normally defined as the post-peak deformation at 80% of
the maximum load), y = displacement at yield point,
 max = displacement at maximum load. Different
ductility and yield point definitions can lead to
inconsistencies unless clearly defined in design codes
[2, 5].

Figure 1: onotonic le t an cyclic right loa isplacement cur e or a ial o el-type connections

Furthermore, design codes often use seismic ductility
based on monotonic load-displacement curves of
connections even though seismic loading is cyclic [6].
Cyclic loading may affect a connection’s strength and
ductility. Therefore, a series of monotonic and cyclic
quasi-static tests were conducted to derive cyclic
connection ductility (Figure 1) and compare it to ductility
achieved under monotonic loading.
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2.2 OVERSTRENGTH
The objective of capacity design is to ensure that the
overall structural failure mode is ductile by protecting
brittle elements within the structure using overstrength
[7]. Design demand for brittle elements is therefore
increased by applying an overstrength factor, R , so that
the ductile connections become the weakest components
along the load path as shown in Equation 2 and Figure 2:
, uctile,conn

  R  min 

, rittle,conn

;

, mem er



(2)

where R = overstrength factor,
, uctile,conn = ductile
design strength of connection, , rittle,conn = brittle design
strength of connection,
,mem er = design strength of
member.

uncertainty in an,mon. Hence, if an,mon can be quantified
and a general relationship between an,mon and an,cyc can be
established, a generally applicable overstrength factor R
can be proposed.

3 EXPERIMENTS
The experiments consisted of monotonic and quasi-static
cyclic tests on laterally loaded dowelled connections in
Laminated Veneer Lumber (LVL) and Cross Laminated
Timber (CLT) made out of New Zealand’s Ra iata pine.
Additionally, dowel bending tests and embedment tests on
CLT were performed to determine overstrength from
analytical models, an, for the calculation of the yield
moment, y, and embedment strength, h,k.
3.1 DOWEL BENDING TESTS

Figure 2: Concept o o erstrength mo i ie

rom [3]

Jorissen and Fragiacomo [2] defined the overstrength of
timber connections, R , as:

 R     an   0.95 

k

0.05

0.95

k

0.05

Three 3-point dowel bending tests were performed
according to AS/NZS ISO 10984.1:2015 [12]. The
dowels were steel Grade 300, which is specified in
AS/NZS 4671:2001 [13] with a minimum yield strength
of y = 300 MPa and minimum ultimate tensile strength of
20 mm, the
u = 345 MPa. The dowel diameter was
length was 200 mm and the support distance was l
120 mm. The mean plastic yield moment, y,p,e p,mean, was
determined from the yield point, y, of the load
displacement curves as

(3)

where  = material safety factor, an = conservatism of
analytical models,  = difference between 5th and 95th
percentile of strength distribution, k
characteristic
strength,
design strength, 0.05 strength of 5th
percentile, 0.95 strength of 95th percentile. While  is
defined by design codes and  can ideally be derived
from material properties, an currently still needs to be
derived from experimental testing. As shown in Figure 3,
an can be split into two contributing parts: an,mon stems
from conservatism in codified calculation rules based on
monotonic testing, whereas an,cyc stems from the inherent
difference between the monotonic model and the actual
cyclic strength.

y , p ,exp,mean

Eurocode 5 introduces conservatism, such as the effective
number of bolts, to prevent brittle failure [8]. This
conservatism constitutes a large part of an,mon. Recent
developments of more accurate analytical models for
brittle failure modes [9-11] provide an alternative to using
minimum edge distances, minimum fastener spacing and
the effective number of bolts, thus reducing the

4

l

 428700 mm

(4)

From tensile test data provided by the supplier, the mean
yield and ultimate strength were known to be y,mean =
336 MPa and u,mean = 470 MPa. The plastic yield
moment, y,p, can be calculated as
y , p ,calc, mean



3

6

y , mean

 448000 mm

(5)

The calculated value overestimates the experimental one
by 4.3%. Hence, it was decided to use the experimental
value, y,p,e p,mean, for the strength prediction of the
dowelled connections presented in Section 3.3. However,
full plasticisation of the dowel cross section is hardly
achieved in timber connections and use of y,p,calc results
in overestimation of the connection’s peak strength, ma ..
Therefore, the effective yield moment,
y,e , was
introduced by Blaß et al. [14] and has been adopted in
Eurocode 5 [8]:
y ,e , mean

Figure 3: erstrength rom conser atism o analytical mo els
or monotonic le t an cyclic loa ing right

y



 0.3

2.6

u , mean

 340328 mm

(6)

As steel fasteners normally have a low variability in
material properties, it can be assumed that the mean
values are very close to the characteristic values: y,mean ≈
y,k.
3.2 CLT EMBEDMENT TESTS
A total of 204 half-hole embedment tests with = 20 mm
dowels were conducted on two different layups of Ra iata
pine CLT panels (20/45/20 and 45/20/20/20/45)
according to ASTM D5764-97a [15]. The individual
lamellas in the panel were 120 mm wide and glued in
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perpendicular layers with Polyurethane single-component
adhesive (PUR). Adjacent lamellas were not edge glued
(referred to here as non-edge glued). The average
Modulus of Elasticity of the timber lamellas in the outer
layers was = 8000 MPa and = 6000 MPa for those in
the inner layers. The specimens were sampled from fullsize panels with a sample width of = 100 mm and a
height of = 200 mm. The length was equivalent to the
thickness of the panel: = 85 mm for 3-layer CLT and
= 150 mm for 5-layer CLT (Figure 4). The average
moisture content was 9.9%. The mean and characteristic
density were mean = 482 kg/m3 and k = 435 kg/m3,
respectively. The displacement rate was 1 mm/s and the
experiment was terminated when 10 mm displacement
was reached. The mean and characteristic embedment
strength were h,mean,e p = 31.13 MPa and h,k,e p =
26.06 MPa for the 5-layer samples, and h,mean,e p =
24.55 MPa and h,k,e p = 19.09 MPa, respectively, for the
3-layer samples.

Figure 4: al -hole em e ment test set-up

The characteristic embedment strength was also predicted
according to the CLT Handbook [16] with the measured
characteristic density k = 435 kg/m3 (Equation 7). The
formula is independent of the layup and the calculated
strength was conservative for the 5-layer samples but nonconservative for the 3-layer samples.
h , k , calc

 0.031(1  0.015 ) k1.16  24.96

a

(7)

3.3 CONNECTION TESTS
Monotonic tests were used to verify the analytical models
for brittle and ductile failure modes while identifying
potential code conservatism, and to derive monotonic
ductility. Following the monotonic tests, connections of
the same configuration were subjected to cyclic loading
following the ISO loading protocol [17] in order to study
the cyclic ductility and overstrength.
3.3.1 T st s t u and mat rials
All CLT and LVL specimens were made of Ra iata pine,
610 mm long, 240 mm wide and had a 20 mm slot to
insert a steel plate (Figure 5).
The 5-layer CLT specimens were 130 mm thick (t =
55 mm, Figure 5 and 6) and had a 35/20/20/20/35 layup.
Specimens were sourced from the same supplier as those
for embedment testing, with non-edge glued lamellas. The
density and moisture content were similar to those of the
embedment specimens (see Section 3.2).
The LVL specimens were New Zealand grade LVL13
[18] and had a moisture content of 8.4%. The specimens
were 133 mm thick (t = 56.5 mm, Figure 5 and 6) with
the veneers being 2.5 - 4.4 mm thick and glued with

phenolic adhesive. The mean and characteristic density
were mean = 591 kg/m3 and k = 585 kg/m3, respectively.

Figure 5: et-up or monotonic an cyclic testing le t, centre
an astener spacing right

The dowels were from the same batch as those used in the
dowel bending and embedment tests:
= 20 mm
Grade 300 dowels (see Section 3.1). The dowels were cut
to 130 mm length for the CLT specimens and 150 mm
length for the LVL specimens. The internal steel plate was
made of 20 mm thick Grade 300 steel.
As shown in Figure 5, the top connection was designed to
be significantly stronger and stiffer than the bottom
connection. It consisted of six = 25 mm Grade 300
dowels transversely reinforced with self-tapping screws.
The CLT top connection was additionally reinforced
longitudinally with 340 mm long self-tapping screws in
the cross-layers to improve tensile strength.
The bottom connection was designed with different
layouts to produce three different failure modes (Table 1),
depending on the fasteners spacing a and a , and the edge
distance a :
- brittle row shear (RS), monotonic
- brittle group tear out (GT), monotonic
- ductile failure under monotonic (MON) and
cyclic (CYC) load
Five specimens of each layout were subjected to tensile
loading with a displacement rate of 1 mm/s for the
monotonic experiments and 10 mm/s for the cyclic
experiments. The target maximum displacement for the
cyclic tests was identical to the average maximum
displacement, u,mon, of the monotonic tests (u,mon,C =
5.7 mm, u,mon, = 7.4 mm). Cyclic tests followed the
ISO loading protocol, with the specimen being loaded to
the target displacement of each cycle group and then
returned to zero displacement. Each cycle group consisted
of three cycles whose target displacement was a certain
percentage of u,mon [17]. Displacements were measured
with potentiometers at 6 locations (front, back, 2 locations
on each side) and averaged.
Table 1: Specimen layout (see Figure 5)

layout
a [mm]
a [mm]
a [mm]
a [mm]

DUC
100/5
60/3
100/5
90/4.5

RS
80/4
60/3
140/7
90/4.5

CLT GT
80/4
40/2
140/7
100/5

LVL GT
80/4
30/1.5
140/7
105/5.25
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3.3.2 Str n th r di tion
The strength prediction for ductile failure under
monotonic loading was based on the European Yield
Model (EYM) displayed in Figure 6.

Figure 6: ailure mo es
green sho s steel yiel ing

re sho s tim er crushing,

An attempt was made not only to predict the connection’s
peak strength, ma , but also to predict the yield point, y.
For this purpose, the embedment yield strength, h,y, was
determined from CLT embedment graphs according to
EN 12512 [19] and the relationship h,y ≈ 0.8 h,u was
established with h,u being the ultimate embedment
strength. The embedment strength for LVL was calculated
according to Franke and Quenneville [20].
In addition, the elastic yield moment, y,e, was calculated,
which is reached at the onset of dowel yielding
(Equation 8). Equation 9 contains two ultimate strength
predictions – one using the experimental plastic yield
moment, y,p, and one using the effective yield moment,
y,e . The shear strength, ,k, and tensile strength, t,k, were
taken from information provided by the timber
manufacturers. Table 1 lists all input values for the
connection strength prediction reported in Table 2.
y, p



3

6

;
y

y ,e

layouts were based on the LVL layouts as brittle strength
prediction for CLT requires further research on the
influence of cross-layer interaction: since the CLT
specimens are non-edge glued, cross-layer action is
compromised by the existing gaps between adjacent
lamellas. On the other hand, if cross-layer contribution is
ignored, the brittle strength prediction is too conservative.





3

32

y ,e

y

 0.59

 0.59

y, p

(8)

 0.3

y , p ,exp

 428700 mm

Table 2: Input values for strength prediction

[MPa]
t,k [MPa]
h,y,k [MPa]
h,u,k [MPa]
y,e,k [Nmm]
y,e ,k [Nmm]
y,p,k [Nmm]
,k

LVL
5.30
33
32.50
40.63
252525
340328
428700

CLT
3.80
9
20.85
26.06
252525
340328
428700

The governing ductile mode from analytical strength
prediction was EYM VI (Figure 6, Equations 10-12),
referred to as
. The brittle strength prediction was
adopted from [11] and conservatively simplified as shown
in Equations 13 and 14. Note that the “brittle” CLT

 4 2

(12)

(13)

k

 4  1

,k

k (2 min[ a1 ; a3 ]  )2t1

k

 2  1

,k

k (2 min[ a1 ; a3 ]  )2t1

t ,k

(a2  )2t1

(14)

Table 2: Strength prediction for different layouts

Force
[kN]

R
(9)



4 y ,u , k
 1
t  2
2


h ,u , k t1



h ,u , k t 1

e ,k

u

h ,u , k t 1

 4 2

y,k

 340328 mm

(11)

e ,k

With k = loading surface factor (0.65 for internal plate),
1 = row shear calibration factor (0.84), 2 = group tearout calibration factor (1.26), ai = fastener spacing (shown
in Figure 7), = fastener diameter, t = single side timber
thickness.

 252525 mm
y ,e



4 y ,e , k
t  2
 1
2


h ,u , k t1



h, y ,k t 1

2

y, p

2.6

(10)

 4 2

u ,k

R



4 y ,e , k
 1
t  2
2


h ,e , k t1



y ,k

u,k
k
k

DUC
124
159
174
NA
NA

CLT
RS
124
159
174
NA
NA

GT
124
159
174
NA
NA

DUC
170
216
232
235
306

LVL
RS
170
216
232
183
280

GT
170
216
232
183
139

T st r sults o CLT onn tions
It was observed that the specimens had a 3-stage failure
mechanism: onset of dowel yielding, continued yielding
and onset of crack growth in cross-layers with possible
separation of cross-layers, brittle rupture in outer layer.
Development of the second stage was influenced by the
position of lamella edges in the outer layer and inherent
imperfections such as knots and initial cracks. Separation
of the cross-layers often caused premature brittle failure
(Figure 7). The yield point, y, was calculated according
to EN 12512 [19] with correction of initial slip. This
method was deemed most appropriate as it doesn’t
produce a yield point for brittle behaviour [21]. Tables 3
and 4 display the yield force, y, peak strength, ma ,
strength at failure, u, initial stiffness, , and respective
displacements y,  max, u. The failure mode was closely
related to the ductility as suggested by Smith et al. [22]:
2 ≤ 4 brittle/low ductility (B), 4 < 2 ≤ 6 mixed (M),
6 < 2 ductile (D). The load displacement and backbone
curves and strength predictions are displayed in Figures 8
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and 9. It should be noted that RS1 and RS4 displayed
exceptional ductility as y was very small compared to
 ma and u. This would not be the case if another method
such as Energy Equivalent Elastic Plastic (EEEP) method
was used to establish y [2, 21].

u [mm]
[kN/mm]
mode

1
2

22.6
136
D
21.2
24.6

17.3
120
D
15.0
17.7

1.7
108
B
1.3
1.4

19.7
158
D
24.5
25.9

3.0
139
B
2.6
3.4

12.9
132
D
12.9
14.6

Figure 7:
C layout ailure le t, centre an R layout
ailure right in C specimens
Table 3: CLT ductile MON and CYC test results

CLT MON
y [kN]
ma [kN]
u [kN]
y [mm]
 max [mm]
u [mm]
[kN/mm]
mode

1
2

CLT CYC
y [kN]
ma [kN]
u [kN]
y [mm]
 max [mm]
u [mm]
[kN/mm]
mode

1
2

1
117
195
156
0.6
9.5
10.9
202
D
16.3
18.8
1
121
193
154
0.9
8.5
9.2
138
D
9.7
10.5

2
142
178
178
1.2
3.7
3.7
121
B
3.2
3.2
2
125
195
156
0.6
5.1
5.9
211
D
8.6
10.0

3
135
194
155
1.1
8.2
8.5
125
D
7.6
7.8
3
120
159
127
0.5
2.0
2.4
241
M
3.9
4.7

4
137
198
198
0.9
4.8
4.8
157
M
5.5
5.5
4
124
171
137
0.9
7.5
7.9
134
D
8.1
8.6

5
124
124
99
0.7
0.7
0.8
177
B
1.0
1.1
5
134
162
130
1.0
2.4
3.0
176
M
7.4
8.2

av.
131
178
157
0.9
5.4
5.7
157
M
6.7
7.3
av.
125
176
141
0.8
5.1
5.7
180
D
7.5
8.4

Table 4: CLT brittle GT and RS test results

CLT GT
y [kN]
ma [kN]
u [kN]
y [mm]
 max [mm]
u [mm]
[kN/mm]
mode

1
2

CLT RS
y [kN]
ma [kN]
u [kN]
y [mm]
 max [mm]

1
123
175
140
1.2
6.3
6.9
103
M
5.2
5.8
1
125
224
179
0.9
19.5

2
106
168
168
0.5
4.9
4.9
197
D
9.0
9.0
2
117
203
163
1.0
14.7

3
106
164
131
0.6
4.6
5.4
186
D
8.0
9.4
3
129
136
109
1.2
1.5

4
119
187
149
0.8
6.7
7.6
145
D
8.1
9.3
4
120
194
155
0.8
18.6

5
130
186
149
1.2
7.7
14.9
111
D
6.5
12.6
5
122
134
107
0.9
2.3

av.
117
176
147
0.9
6.0
7.9
148
D
7.4
9.2
av.
123
178
143
0.9
11.3

Figure 8: oa

isplacement cur es or uctile mo es in C

Figure 9: oa

isplacement cur es or rittle mo es in C

3.3.3 T st r sults o LVL onn tions
All MON, CYC and RS specimens ultimately failed in
row shear or tensile splitting with significant dowel
bending. The GT specimens developed group tear-out
with little dowel bending (Figure 10).

Figure 10: Ro shear ailure in
C an R layout le t,
centre an group tear-out in
layout right in

Table 5 and 6 display the yield force, y, peak strength,
,
ma , ultimate strength at failure,
u, initial stiffness,
and respective displacements y,  max, u. The yield
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point was established according to EN 12512 [17] with
correction of initial slip. The failure mode relates to the
ductility [22]: 2 ≤ 4 brittle/low ductility (B), 4 < 2 ≤ 6
mixed (M), 6 < 2 ductile (D). The load displacement and
backbone curves and strength predictions are displayed in
Figures 11 and 12.
Table 5: LVL ductile MON and CYC test results

LVL MON
y [kN]
ma [kN]
u [kN]
y [mm]
 max [mm]
u [mm]
[kN/mm]
mode

1
2

LVL CYC
y [kN]
ma [kN]
u [kN]
y [mm]
 max [mm]
u [mm]
[kN/mm]
mode

1
2

1
184
203
162
1.3
3.5
7.0
142
M
2.7
5.5
1
163
205
164
1.2
2.1
10.5
141
D
1.8
9.1

2
163
192
153
1.1
2.4
6.5
148
M
2.2
5.9
2
167
209
167
0.9
3.0
7.4
196
D
3.6
8.7

3
184
192
153
1.7
3.0
8.5
108
M
1.7
5.0
3
130
204
164
0.6
5.7
8.7
232
D
10.1
15.5

4
159
210
168
0.9
3.8
8.5
186
D
4.4
10.0
4
178
200
160
0.9
2.6
7.3
198
D
2.9
8.1

5
178
190
152
1.3
2.2
6.3
137
M
1.7
4.9
5
158
201
161
0.8
2.0
5.5
211
D
2.6
7.3

av.
173
197
158
1.2
3.0
7.4
144
M
2.6
6.2
av.
159
204
163
0.8
3.1
7.9
196
D
4.2
9.8

5
155
172
138
0.8
1.7
2.4
194
B
2.1
3.0
5
155
229
184
0.8
3.5
9.9
194
D
4.3
12.4

av.
162
176
140
1.1
1.8
2.7
149
B
1.6
2.5
av.
160
220
176
1.1
3.8
8.3
157
M
2.8
7.9

Table 6: LVL brittle GT and RS test results

LVL GT
y [kN]
ma [kN]
u [kN]
y [mm]
 max [mm]
u [mm]
[kN/mm]
mode

1
2

LVL RS
y [kN]
ma [kN]
u [kN]
y [mm]
 max [mm]
u [mm]
[kN/mm]
mode

1
2

1
176
176
141
1.2
1.2
2.1
147
B
1.0
1.8
1
181
214
171
1.6
3.7
6.9
112
M
2.3
4.3

2
151
180
144
0.9
1.7
3.0
168
B
1.9
3.3
2
196
215
172
1.9
3.0
10.0
104
M
1.6
5.3

3
174
181
145
1.6
2.0
2.8
109
B
1.3
1.7
3
186
225
180
1.4
3.2
7.0
136
M
2.3
5.1

4
154
170
136
1.2
2.2
3.1
128
B
1.8
2.5
4
145
216
173
0.6
2.1
7.5
242
D
3.5
12.5

Figure 11: oa

isplacement cur es or uctile mo es in

Figure 12: oa

isplacement cur es or rittle mo es in

4 DISCUSSION
4.1 DUCTILITY
The test results have shown that dowelled CLT
connections can be designed to achieve good ductility.
However, non-glued edges could decrease shear strength
and result in high scatter of test results. CLT possesses
lower tensile strength compared to other engineered wood
products which requires fasteners to be spread out over a
wider connection area to prevent group tear-out. Low
rolling shear strength of cross-layers can cause separation
from the outer layers and lead to premature brittle failure.
Further investigations should examine the influence of
fastener spacing and edge distances on ductility and brittle
failure modes. Finite element modelling could also aid the
development of simplified analytical models to predict
brittle failure.
LVL connections have the ability to achieve good
ductility [20] if edge distances are increased such that
R ,k > R u,k. In order to validate this assumption,  still
needs to be calibrated for New Zealand LVL.
It should be emphasized that the achieved connection
ductility does not equate system ductility or overall
building ductility.
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Table 7: Average ductility of connection tests

CLT
LVL

 ,a
 ,a
 ,a
 ,a

MON

CYC

6.7
7.3
2.6
6.2

7.5
8.4
4.2
9.8

CYC /
MON
1.12
1.15
1.65
1.56

GT

RS

7.4
9.2
1.6
2.5

12.9
14.6
2.8
7.9

For all CLT layouts, there was little difference between 
and  (Table 3, 4 and 7), which means that there was little
deformation capacity once the peak load was reached. The
RS layout interestingly achieved the highest ductility,
which suggests that increase of the edge distance a was
beneficial, although the effective shear plane length was
decreased from 2∙100 - 20 = 180 mm to 2∙80 - 20 =
140 mm.
For LVL,  was on average about twice as high as 
(Table 5-7), which means that there was significant
deformation capacity in the softening branch. The MON,
CYC and RS layout achieved low  ductility but
moderate to high  ductility, whereas GT was brittle for
both ductility definitions. Therefore, it is recommended to
use  when comparing connection ductility, or the
ductility contribution of the softening branch is
disregarded.
Similar to the CLT experiments, the increase of edge
distance a from MON to RS improved the ductility in
LVL connections, although the effective shear plane
length was decreased. Consequently, the effect of edge
distances and fastener spacing on ductility should be
further investigated.
CLT and LVL specimens showed increased ductility
under cyclic loading: depending on the ductility
definition, cyclic ductility was 1.12 to 1.15 times larger
than monotonic ductility in CLT, and 1.56 to 1.65 times
larger in LVL. This finding is in agreement with previous
observations by Mohammad et al. [23].
4.2 OVERSTRENGTH
th

4.3

th

and

r ntil 0.95

Table 8: Overstrength 

CLT

[kN]

MON

y

CYC

y

GT

y

RS

y

LVL

[kN]

MON

y

CYC

y

GT

y

RS

y

ma
ma
ma
ma

ma
ma
ma
ma

5%
119
135
121
159
106
165
118
134
5%
159
190
136
201
152
170
147
214

95%
141
197
132
194
129
187
128
220
95%
184
209
176
208
176
180
194
229

4.4 Analyti al ormulasan,mon

Overstrength stemming from conservatism in analytical
models, an,mon, can be split up into several different
factors an,i for each component of the calculation:
- an, h from embedment strength calculation
- an, y from yield moment calculation
from the European Yield Model itself
- an,
Each factor an,i can be smaller or greater than 1.00,
depending on whether the analytical model’s strength
prediction is conservative or non-conservative.
The first source of overstrength is introduced if the
characteristic embedment strength, h,k, is calculated using
the characteristic timber density, h,k (Equation 15).
However, this overstrength value is comparatively small
for 5-layer CLT, with an, h ranging from 1.02 to 1.04
depending on the governing EYM mode. Furthermore, the
embedment strength prediction for 3-layer CLT was non
conservative, which means that Equation 7 might need to
be calibrated for New Zealand CLT.
Another source of overstrength arises from the difference
between the effective yield moment, y,e , and theoretical
fastener yield moment, y,p. This overstrength factor
an, y ranged from 1.00 to 1.15, depending on the
governing EYM mode (Equation 16). As y,e is a
conservative prediction of the actual bending capacity, it
is recommended to apply an, y = 1.15 as a conservative
approximation.

 a n, h 

o connection tests

mean
131
178
125
176
117
176
123
178
mean
173
197
159
204
162
176
172
220

As sample size was too small to assume a normal
distribution, the 5th and 95th percentile were established
using the nearest rank method. Overstrength from the
spread in strength distribution ranged between 1.09 and
1.63 for CLT, and 1.04 and 1.32 for LVL (Table 8).
Although it would be expected that 
is smaller for
ductile modes, this was not the case, possibly due to the
fact that many “ductile” layouts developed a secondary
brittle failure. Validation of this assumption requires
further testing with increased edge and fastener distances.

h ,ex p

 1.02...1.04 (for CLT) (15)

h ,ca lc



1.19
1.46
1.10
1.22
1.22
1.13
1.09
1.63



1.16
1.10
1.30
1.04
1.16
1.06
1.32
1.07

 an,

y



y, p

 1.00...1.15

(16)

y ,e

The next step is to contrast the strength prediction, pre ,k,
and experimental values, e p, , of the connection tests
(Table 9): The overstrength values for ductile layouts
ranged from 0.78 to 1.00 for CLT and from 0.80 to 0.94
for LVL. Thus, the strength prediction overestimated the
actual strength by up to 22%. However, the effective
strength prediction,
e ,k, was more accurate, as those
overstrength factors ranged from 0.85 to 1.00. Although
this overestimation could be partially caused by small
sample size, non-conservative EYM values for lowslenderness dowels have been reported previously in
literature, (e.g. Dorn et al. [1]) and this issue should be
further investigated.
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Strength predictions of the brittle layouts in LVL were
conservative as the brittle overstrength factors were 1.23
for group tear-out and 1.17 for row-shear. This
conservatism is deemed appropriate due to the inherently
high scatter in strength of brittle modes.
It should be noted that neither the effective ductile
strength (
e ,k,pre = 216), nor the predicted row shear
strength (R k,pre = 235) were reached in the ductile LVL
connection layouts, even though the strength hierarchy
was designed to be
y,k,pre (170 kN)
e ,k,pre
(216 kN)
R k,pre (235 kN).
u,k,pre (232 kN)
Furthermore, the secondary row shear failure in the
ductile layouts indicates that R ,k,pre was nonconservative. Consequently, cross-over of modes needs to
be further investigated and a conservative row shear factor
1 should be calibrated for New Zealand LVL.
Furthermore, analytical models for brittle failure of
dowelled connections in CLT need to be developed with
consideration of the effect of non-edge glued lamellas.
These findings also highlight the necessity to maintain the
desired strength hierarchy presented in Equation 2 with
consideration of overstrength between ductile and brittle
modes.
Table 9: Overstrength an o connection tests

CLT

[kN]

e p,
y,k

MON

e ,k
u,k
y,k

CYC

e ,k
u,k

LVL

e p,
y,k

MON

e ,k
u,k
y,k

CYC

e ,k
u,k

GT
RS
4.

Monotoni

119
135
135
121
159
159

ma
ma

159
190
190
136
201
201
136
171

pre ,k

124
159
174
124
159
174
pre ,k

170
216
232
170
216
232
139
183

an,

0.96
0.85
0.78
0.98
1.00
0.92

an,

0.94
0.88
0.82
0.80
0.93
0.87
1.23
1.17

rsus y li t stin an,cyc

There was virtually no overstrength bet ween cyclic and
monotonic tests – the monotonic values exceeded the
cyclic values by 0.9 to 5% for CLT. The monotonic values
exceed the cyclic values by 9% for yield strength in LVL,
and underestimated the cyclic values by 3.3% for ultimate
strength. This results in an average overstrength of
an,cyc =
,mon
,cyc = 1.03 which can be considered
negligible.

CONCLUSIONS
Connections are often the main source of ductility in
timber structures during seismic events with the timber
itself being prone to brittle failure. Therefore, it is
important to design connections such that plastic
deformation occurs in the fasteners before brittle failure
modes can occur in the connections or members. In order

to design a ductile connection, it is necessary to have
accurate strength predictions for ductile and brittle failure
modes.
40 experimental tests were performed on dowelled CLT
and LVL connections with three different layouts (ductile,
row shear and group tear out).
Recently suggested models for brittle failure [11] were
able to conservatively predict row shear and group tear out in LVL for those layouts designed to fail in a brittle
manner. Given the high scatter in brittle modes,
conservatism for brittle connection failure is deemed
appropriate, especially as it does not influence the
overstrength factor.
Brittle failure modes need to be further studied for CLT.
As lamellas are usually non-edge glued, a shear failure
plane is often predefined which can dramatically decrease
strength and ductility of the connection. Low rolling shear
strength may also lead to failure of the cross-layer
interface which causes further strength reduction.
There is an indication that good ductility can be achieved
under monotonic and cyclic loading in CLT if brittle
failure is avoided. Cyclic and monotonic ductility for both
considered ductility definitions were very similar in CLT,
with cyclic ductility being slightly higher. This is an
indication that monotonic ductility may be used to
represent cyclic ductility in CLT.
Highly ductile failure was not achieved in monotonic or
cyclic experiments in LVL as the onset of dowel yielding
was soon followed by row shear. However, the achieved
ductility under cyclic loading was significantly higher
than monotonic ductility, which also indicates that
monotonic ductility could serve as a conservative
estimation of cyclic ductility.
It is concluded that the ductility definition  = u / y is
more suitable to compare ductility of different
connections, as it takes ductility in the softening branch
into account. However, it is emphasized that connection
ductility doesn’t equate overall building ductility.
Furthermore, there is a need for agreement on the yield
point definition. In the given case, EN 12512 [19] was
used as it doesn’t produce a yield point for brittle failure.
However, depending on the initial stiffness between 10%
and 40% of the maximum load, the established yield
displacement, y, can be very small which can lead to a
misleadingly high ductility .
Overstrength from strength distribution,  , was found
to range between 1.09 and 1.63 for the CLT specimens
and 1.04 and 1.32 for the LVL specimens. The average
value was  = 1.20.
There was virtually no overstrength between monotonic
and cyclic experiments (an,cyc = 1.03).
Overstrength an,
for yield and ultimate strength ranged
from 0.78 to 1.00, which means that the European Yield
Model overestimated the actual strength in most cases. As
similar observations have been made previously [1], it is
possible that the EYM produces non-conservative
strength predictions for low-slenderness dowels and this
issue should be further investigated.
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Furthermore, overstrength can generally be introduced by
the difference of
and
y,e
y,p. Therefore, an
overstrength factor of at least an = 1.15 should be
considered.
This experimental study showed that monotonic load
displacement curves might be used as a substitute for
cyclic backbone curves in terms of connection
overstrength and ductility. However, this assumption
needs to be further validated for different connection
layouts, different dowel diameters, and different timber
products.
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BRITTLE FAILURE MODES IN NAILED STEEL PLATE CONNECTIONS
Henrik Danielsson1, Roberto Crocetti2, Per Johan Gustafsson3, Erik Serrano4

ABSTRACT: This paper deals with theoretical and experimental investigations of nailed steel plate connections. For the
experimental part, a total of 43 laboratory tests on connections loaded in tension parallel to the grain are reported. The
paper deals also with finite element analysis of the connection, presenting a study on the 3D stress distributions within
the wood member and a study of the progressive wood fracture course by the use of a 3D nonlinear fracture mechanics
model, more precisely a cohesive zone model. Results of the experimental tests are compared to results of the numerical
analyses and to strength predictions according to Eurocode 5. The comparison between theoretical and experimental
results indicate that the Eurocode 5 design approach for plug shear failure in nailed steel plate connections might be nonconservative in relation to predicted strength values. Also failure modes predicted by Eurocode 5 are often erroneous.
Results of the numerical analyses indicate that load eccentricity has a major influence on the connection strength.
KEYWORDS: steel-to-timber connections, nailed joints, brittle failure, fracture mechanics

1 INTRODUCTION
Connections are usually critical parts of timber structures.
Nailed steel joints, as discussed here, are efficient types
of connections with respect to both strength and stiffness.
They are often used in structural members of long-span
structures subjected to large forces and moments.
Correct understanding of their behaviour and adequate
design methods for these types of connections is,
therefore, of crucial importance. For large and long-span
structures, which usually exhibit low inherent strength
redundancy, failures in these connections will often lead
to catastrophic collapses. Smith and Foliente [1] report
that one of the major causes for damages in timber
buildings, as a consequence of extreme loads, is due to
inadequately designed connections. This problem is
especially true for those mechanical joints which are
prone to fail in a brittle manner. For densely nailed steel
plate connections, as discussed here, brittle block or plug
shear failures are not unusual modes of failure (see
Figure 1). However, these modes of failure are not always
well understood or accounted for in design.

1Henrik Danielsson, Division of Structural Mechanics,
Lund University, P.O. Box 118, SE-221 00 Lund, Sweden.
Email: henrik.danielsson@construction.lth.se
2 Roberto Crocetti, Division of Structural Engineering,
Lund University, Sweden.
3 Per Johan Gustafsson, Division of Structural Mechanics,
Lund University, Sweden.
4 Erik Serrano, Division of Structural Mechanics,
Lund University, Sweden.

a) Nailed steel plate connection

b) Plug shear failure

c) Plug shear failure in experimental test

Figure 1: Nailed steel plate connection loaded in tension (a),
plug shear failure (b) and specimen after experimental test (c)
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2 BACKGROUND
It is desirable to design a nailed steel plate connection so
as to obtain a ductile failure mode. It is also desirable to
be able to, preferably in an analytical way, establish the
criteria necessary to avoid brittle failure modes. The
possible ultimate failure modes for dowel type
connections loaded parallel to grain are referred to as:
a)

row shear (usually not for nails, but for larger bolts),

b) plug shear or block shear (two similar modes
involving group tear-out of the wooden piece within
the nailed area),
c)

bearing or embedding crushing (with or without nail
yielding),

d) splitting (along the row of nails, especially in case of
no pre-drilling).
All these modes represent brittle failure except the mode
associated with bearing failure. Johnsson and Stehn [2]
report that for nailed joints, bearing and plug shear failure
modes dominate for loading in tension parallel to the
grain.
Plug shear failure involves crack development along the
sides of the plug (part of the nail group perimeter), tensile
rupture at the rear end of the nail group, and a shear crack
along the bottom face joining the two side cracks [3].
Block shear failure is similar, however without the shear
crack along the bottom face. Experimental tests presented
by Johnsson [4] suggest that the plug shear failure is
commonly initiated at the nail farthest from the free end
of the wood member. To avoid splitting during nailing and
in order to prevent brittle failures, Eurocode 5 (EC 5) [5]
provides minimum nail spacing distances. However, from
testing experience it is known that these nail spacing
requirements are not always sufficient to exclude brittle
failures [4].
Wood strength prediction models for design purposes
need to be sufficiently accurate and reliable, but also
sufficiently easy to use for the practising engineer. Over
the years, a number of different models for calculation of
strength with respect to plug shear failure of nailed steel
plate connections loaded parallel to grain have been
suggested. The faces of the failed volume are commonly
assumed to be loaded in either pure tension (back face of
the plug) or in pure shear (bottom and side faces of the
plug). The models are typically based on either the
minimum, the maximum or the summation of the
capacities of the faces of the torn out wood plug, see e.g.
[6], [7], [8] and [9] for different models and [3] for an
overview of models. As pointed out by Zarnani and
Quenneville in [9] and shown by Johnsson in [3], the
differences between the strength predictions models result
in disagreements between experimentally found strength
values and model predictions.

A new design method for timber riveted connections has
recently been presented by Zarnani and Quenneville [9]
(including also perpendicular to grain loading). In this
method, the portion of the total load carried by each of the
relevant fracture planes is determined based on the
relative stiffness of the adjacent wood block. The
connection strength can then be determined by
consideration of the resisting capacities of the relevant
fracture planes in combination with possible failure
modes.

3 AIM AND OVERVIEW OF PAPER
This paper concerns brittle failure modes in nailed steel
plate connections. Comprehensive experimental testing of
this type of connection was carried out at Lund University
and test results are reported by Asimakidis in [10]. The
studies comprised investigations of nail pattern, number
of nails, nail length and other parameters. Included in the
test programme were eight test series which were
designed in order to study brittle wood plug shear failure.
These eight test series are considered within the work
presented here.
The overall aim of the study presented here is to gain
knowledge about the mechanical behaviour and strength
of nailed steel plate connections with respect to plug shear
failure. Specific objectives include investigation of the
stress distributions within the considered connection and
how these distributions are influenced by geometry and
material properties. Also the progressive wood fracture
course at plug shear failure is studied by the use of
nonlinear fracture mechanics. Experimental test results
are presented and compared to theoretical strength
predictions according to EC 5 [5] and according to linear
and nonlinear 3D finite element (FE) analysis.
The experimental test setup, test method, materials and
tests results in terms of global strength are presented in
Section 4. Predicted strengths with respect to brittle
failure (plug shear) and ductile failure (nail yielding and
embedment) according to EC 5 are also presented. The
theoretical work regarding FE-analysis is presented in
Section 5, including comparison between experimental
and theoretical results in terms of connections strength.
The theoretical work includes 3D linear elastic stress
analysis and wood fracture simulation by the use of a 3D
nonlinear fracture mechanics model, a cohesive zone
model. General results are presented and discussed in
Section 6 and some concluding remarks are finally given
in Section 7.
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4 EXPERIMENTAL WORK

load cell

4.1 TEST SETUP AND MATERIALS

upper grab device

Full-size specimens were tested in short-term tension
parallel to grain, according to the test setup shown in
Figure 2. The specimens were designed with a relatively
dense nailing pattern in order to induce a brittle behaviour
of the joint, with possible plug shear failure. Symmetrical
nail patterns were used at both ends of the timber member
and failure hence occurred in the weakest among the two
nominally equal joints. Displacement-controlled loading
by means of a servo hydraulic MTS 322 test frame was
applied. The loading speed varied between 1-2 mm/min
and maximum/failure load was reached in 5-10 minutes.
Spruce softwood timber (Picea Abies) of strength class
C30 was used for all specimens. The board cross section
was 70 × 195 mm2 for all specimens, while the length of
the board varied between about 600 mm and 900 mm,
depending on the size of the nailed plate connection. The
mean moisture content and the mean density were
measured to 10 % and 451 kg/m3, respectively.

nails
steel plate
x z
y

lower grab device

Figure 2: Principle of test setup
1p

Test series notation and nail patterns are illustrated in
Figure 3 and the number of individual tests, the nail length
and the size of the nailed area are given in Table 1. The
nailed area is defined as ls × bs, where ls and bs are the
length of the nail group in the direction of the load and the
width of the nail group perpendicular to the direction of
the load (considering the nail centrelines). The nailed
volume is given by the nailed area times the nail
penetration length ts, which in turn is the nail length minus
the steel plate thickness.
All nail patterns used for the tests comply with the EC 5
minimum nail spacing requirements concerning spacing
of nails within a row parallel to grain (a1) and spacing of
rows of nails perpendicular to grain (a2). For timber to
steel connections as considered here, an additional
reduction of the used nail spacing by a factor 0.7 is further
allowed according to EC 5. The requirements regarding
distance to loaded/unloaded edge (a4,c/a4,t) and distance to
unloaded end (a3,c) are fulfilled. The requirements
regarding distance to loaded end (a3,t) are fulfilled for test
series 4p, 10p and 13 p. For test series 1p, 14p and 15p,
the distance to loaded end is 40 mm and hence violates the
EC 5 requirement of a3,t ≤ 15d = 60 mm.

10p

40

The steel plates used were of strength grade S235 with
thickness 2.5 mm and had a standard hole pattern, i.e.
staggered holes with diameter 5 mm and hole spacing of
40 mm and 20 mm in the grain and cross grain directions
respectively. For the tests considered here, two
overlapping steel plates were used at each connection,
giving a total steel plate thickness of 5 mm.
Annular ringed shank nails manufactured from colddrawn steel with dimension 4 × 40 mm or 4 × 60 mm were
used. The yield strength was determined by testing 20
randomly selected nails in three point bending giving a
mean value of fy = 876 MPa.

4p

80

120

180

240
240
100

120
120

13p

14p

15p
40

40

80

120
280

220
120
60

40

Figure 3: Test series and nailing patterns

4.2 TEST RESULTS
All individual tests of the eight test series considered here
failed in a brittle manner with little or no plastic yielding
of the nails. Test results in terms of mean values of the
failure load (Fu) for the eight test series are presented in
Table 1 along with the measured average depth of the
pulled out plug (tplug). The geometry of the failed plug, in
terms of parallel to grain length and perpendicular to grain
width, generally followed the nailed area perimeter.
Predicted characteristic strengths according to EC 5 are
also given in the Table 1. Values are given for both the
ductile failure predicted by the Johansen theory according
to Section 8 of EC 5 (Fy,Rk) and for the plug shear failure
according to Annex A of EC 5 (Fbs,Rk).
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Table 1: Test series, experimental test results and characteristic capacity according to Eurocode 5. Underlined capacities refer to
the maximum value according to Equation (1) and boldface capacities refer to the predicted failure mode according to Eurocode 5.
Test
no. of
no. of
nail
nailed
plug
failure
Characteristic capacity according to EC 5
series
tests
nails
length
area
depth
load
n
ls x bs
tplug
Fu
Fu/n Fv,Rk Ft,Rk
Fy,Rk
Fbs,Rk/Fu Fy,Rk/Fu
[mm] [kN] [kN] [kN] [kN]
[kN]
[-]
[-]
[-]
[mm]
[mm2]
105
0.93
1p
5
85
40
240 × 120
25
113
1.33
90
0.81
91
4p
5
85
40
240 × 120
27
116
1.36
118
91
1.02
105
0.91
0.99
4p (60)
6
85
60
240 × 120
56
145
1.71
123
143
130
0.90
10p
6
55
40
180 × 100
27
103
1.87
75
76
0.74
71
0.69
1.16
10p (60)
5
55
60
180 × 100
36
103
1.87
79
119
88
0.85
13p
6
42
40
220 × 60
22
81
1.93
61
45
0.75
52
0.64
0.93
14p
4
46
40
120 × 120
25
98
2.13
52
91
62
0.63
30
0.71
15p
6
38
40
280 × 40
23
72
1.89
51
46
0.64

The contribution from the rope effect is taken into
account, but limited to no more than 25 % of the capacity
given by the Johansen theory. In order to design for a
ductile failure mode, the joint capacity with respect to the
brittle plug shear failure should be greater than the joint
capacity with respect to nail yielding and/or embedment.

Since the nailed steel plate connections were only applied
on one side of the timber member, see Figure 2, the
member is exposed to eccentric loading. This load
eccentricity seems not to be accounted for in the EC 5
strength model for plug shear failure. This issue if further
commented below.

According to EC 5, the capacity with respect to plug shear
failure is given by the maximum value of the capacity
with respect to tensile failure at the back face of the plug,
Ft,Rk, and the capacity with respect to shear failure long
the along the bottom and/or side faces, Fv,Rk, according to

For some of the tests, X-ray images were taken of the
specimens during testing. Two examples are shown in
Figure 4. It can be noted that the nails show considerable
deformation without obvious bending. A typical example
of a specimen having failed in plug shear is shown in
Figure 5. Further images are found in [10].

= max

,

,

,

(1)

,

,

= 0.7

,

,

(2)

,

= 1.5

,

, ,

(3)

where Anet,v and Anet,t are the assumed failure areas stressed
in shear and tension, respectively, and are calculated
based on the nail pattern and the governing mode of
ductile nail failure predicted by the Johansen theory. The
assumed net failure area for the tension failure, Anet,t, is
based on the penetration length of the nail. The assumed
net failure area for the shear failure, Anet,v, is instead based
on either the nail penetration length or on the location of
a potential plastic hinge being formed in the nail.
In addition to the geometry parameters stated in Section
4.1, characteristic capacities according to EC 5 stated in
Table 1 are based on assumptions of ultimate strength of
the nails fu = 600 N/mm2, characteristic timber density
ρk = 380 kg/m3, characteristic timber tensile strength
ft,0,k = 18 MPa and characteristic timber shear strength
fv,k = 4.0 MPa. Contributions from the rope effect are
based on assumption of characteristic withdrawal strength
fax,k = 7.6 N/mm2 and on lengths of the threaded nail parts
as tpen = 24 and 44 mm for the 40 and 60 mm nails,
respectively.
Looking at the predicted strengths according to EC 5
given in Table 1, the capacity appears to be limited by nail
yielding and hence a ductile failure mode for all test series
except test series 1p. As mentioned above, all 43
individual tests however failed in a brittle manner by plug
shear failure. It should be noted that the capacity
according to EC 5 is given as the characteristic capacity,
while the mean values of the experimental test results are
presented in Table 1.

Figure 4: X-ray images of specimens during testing, from [10].

Figure 5: Photo of specimen showing a typical plug geometry
found from the experimental tests, from [10].
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Table 2: Material stiffness parameters

5 THEORETICAL WORK
The nailed steel plate connection, shown in Figure 2, has
been studied by 3D finite element (FE) analyses. The
analyses include both linear elastic stress analysis and
nonlinear fracture course analysis. The aim of these
analyses is to gain knowledge of the force and stress
distributions within the considered connection and how
these distributions are influenced by the joint geometry,
material properties and loading/boundary conditions. The
fracture relevant stress states along the sides of the failing
wooden plug are of specific interest. Features in common
for both analysis approaches are presented in this section,
while analysis specific features are commented in
Sections 5.1 and 5.2 respectively.
The geometry considered for the numerical analyses is
illustrated in Figure 6, where also geometry parameters
are defined. The timber member is modelled as an
orthotropic material where distinction is made between
the material longitudinal L, radial R, and tangential T
directions. The material principal directions LRT of the
timber member are assumed to be aligned with the global
xyz-directions, meaning that the curvature of the annual
rings is not taken into account. The material is assumed
to be homogeneous in the sense that knots and other
possible stochastically distributed heterogeneities are
disregarded. Symmetry is considered in the length and
width directions, i.e. the x- and z-directions. Wood
material stiffness parameters according to Table 2 are
used for all numerical analyses.
The considered application presents a number of
challenging features in relation to FE-modelling and
simulations, e.g. material nonlinearities (elastic and nonelastic), wood-steel contact, wood fracture etc. A number
of simplifications/assumptions have hence been made in
order to enable reasonably convenient modelling
approaches. Only the timber members themselves, and
not the steel plates nor the nails, are modelled. The load
application from the nails to the wood is modelled by a
body load [N/m3], acting within the nailed volume of size
ls × bs × ts and in the direction of the applied load only, i.e.
the x-direction. As can be seen from Figure 3 and Table 1,
the parameters ls, bs and ts define the nailed volume
perimeter.
z
bs /2
ls

97.5

x
ts

ELL
ERR
ETT
GLR
GLT
GRT
νRL
νTL
νTR

Modulus of shear
Poisson’s ratio

12 000
800
500
700
700
50
0.02
0.02
0.30

MPa
MPa
MPa
MPa
MPa
MPa
-

Due to the load arrangement with only one nailed
connection at each end of the timber member in the length
direction, the timber member is exposed to eccentric
loading. Even though the steel plates are clamped to the
test rig, the small bending stiffness of the steel plates in
relation to the bending stiffness of the timber member
results in a location of the force resultant close to the middepth of the steel plate.
The body load representing the loading from the nails on
the timber member is assumed to be constant with respect
to both the timber member length and the width
directions, i.e. the x- and z-directions in Figure 6. The
variation in the timber member height direction (the
y-direction) is determined such that the force resultant of
the body load acts at the mid-depth of the steel plates. The
applied body load is then given by
( )=
=
=

(

+

6

+

3

+4

)

(4)
(5)
(6)

where F0 is the applied load [N] and where bs, ls and ts are
the width, length and depth of the nailed volume (see
Figures 3 and 6). tp is the steel plate thickness and ts is the
nail penetration length.
5.1 LINEAR ELASTIC STRESS ANALYSIS
The linear elastic stress analyses were performed using
the finite element software ABAQUS. All eight test series
presented in Table 1 were analysed. Standard 8-node
elements with reduced integration were used. Element
size of 5 × 5 × 5 mm3 were used for all analysis resulting
in models with approximately 21 000 - 27 000 elements
and 50 000 - 100 000 degrees of freedom, depending on
the size of the specific specimen analysed.
5.2 NONLINEAR FRACTURE MECHANICS
ANALYSIS

body load bx

botto
m fac
e

70

e
ac
ef
d
si

back
face

y

Modulus of elasticity

nailed volume

[mm]

Figure 6: Geometry and geometry parameter definitions

A nonlinear fracture mechanics approach (a cohesive
zone model), briefly reviewed here and more thoroughly
presented in [11], was used to study the failure course and
global strength, considering wood parallel and
perpendicular to grain fracture. The cohesive zone model
is applied to predefined potential crack planes, with a
small but nonzero height in their out-of-plane direction.
Within these potential crack planes, a fracture process
zone may initiate and evolve.
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The Tsai-Wu criterion [12] is used as criterion for fracture
initiation and the formation of a fracture process zone,
according to
=

+

(7)

≤ 1.0

where σ is the stress vector and where the vector q and the
matrix P are given by the material strength parameters.
When the fracture initiation criterion is met, i.e. fTW = 1.0,
strain softening is initiated and the stress transferring
capability decreases with increasing fracture zone
deformation. The considered fracture zone deformations
are the crack opening deformation (mode I) and crack
shear slip in two directions (mode II/III). The softening
behaviour is governed by the so-called effective
deformation δeff, the softening parameter K and their
relation according to
=

exp(ln( )
0

) for
for

< 1.0
≥ 1.0

(8)

where m and c are model parameters describing the shape
of the softening curve. The undamaged material prior to
fracture initiation is characterized by K = 1.0 and δeff = 0
while complete fracture and separation of surfaces
correspond to K = 0 and δeff = 1.0.
The bottom and sides faces are exposed primarily to shear
stress along grain, but also tension/compression
perpendicular to grain. The stress state at the back face of
the plug is dominated by parallel to grain tensile stress,
commonly showing a very brittle failure behaviour. In
order to gain knowledge about the progressive failure of
the connection by formation of fracture planes along all
the plug faces, also the material behaviour at the back face
of the plug is modelled as a predefined potential crack
plane.
Material stiffness and strength parameters used for the
FE-analyses are given in Tables 2 and 3, respectively. The
values should comply fairly well with mean values of
clear wood of spruce grown in Scandinavia, see e.g. [13].
The model parameters for the cohesive zone model used
in the present analyses are m = 1.5 and c = 10-3. The
perpendicular to grain wood fracture energies at crack
opening (mode I) and at crack shear sliding (mode II/III)
are assumed as Gf,t,90 = 300 J/m2 and Gf,v,90 = 900 J/m2 and
are applied for the bottom and the side face of the plug.
There is little information available in the literature
regarding the fracture energy for wood in tension parallel
to grain [14]. This is probably partly due to difficulties
related to finding experimental test setups giving pure
mode I loading parallel to grain, without invoking mode II
shear loading along the grain. Some test results
concerning Douglas fir are however presented in [14],
suggesting a ratio KIc,0/KIc,90 between the parallel and
perpendicular to grain fracture toughness of about 9.
Transformation within a LEFM framework of this
relation, and using the stiffness parameters in Table 2, the
corresponding relation between the critical energy release
rates (or the fracture energies) should be about
Gf,0/Gf,90 ≈ 20.

Table 3: Material strength parameters

Tensile strengths

Compressive strengths
Shear strengths

fLt
fRt
fTt
fLc
fRc
fTc
fLR
fLT
fRT

60.0
3.0
3.0
40.0
4.0
4.0
6.0
6.0
3.0

MPa
MPa
MPa
MPa
MPa
MPa
MPa
MPa
MPa

A rough estimation of the parallel to grain fracture energy
can also be found by assuming equal shape of the strain
softening curve as for perpendicular to grain tension, and
also assuming a value of the fracture zone deformation at
complete fracture. To yield equal fracture zone
deformation at complete fracture separation for parallel
and perpendicular to grain loading in pure opening mode,
the parallel to grain fracture energy should then be scaled
as Gf,0 = Gf,90·ft,0/ft,90. The material strength parameters
given in Table 3, with ft,0/ft,90 = 60/3 = 20, hence yield the
same indication for an appropriate value of the parallel to
grain fracture energy. In order to investigate the influence
of the parallel to grain fracture energy on the global
strength and fracture behaviour, a small parameter study
was carried out. Fracture energy ratios Gf,0/Gf,90 = 10, 20,
40, 80 and 120 were investigated and results are presented
below.
The chosen location of potential crack planes are based on
findings from the experimental tests. The side and the
back of the plug followed the perimeter of the nailed
volume. The location of the crack plane at the bottom face
of the plug was determined based on the actual location of
the crack planes found from the experimental tests, see
Table 1.
Along the back and the side faces of the plug, nails are
driven in through the wood and thus reducing the net face
area and also introducing additional stresses in the wood.
The net area reduction at the back and side faces are
approximately 20 % and 10 %, respectively. Nails and nail
holes are however not explicitly modelled in the FEanalysis. To account for the above mentioned effects in an
approximate way, the material strength and fracture
energy values are instead reduced by 20 % for both the
back and the side faces of the plug. A corresponding
reduction for the bottom face is also possible but is
disregarded here, since the net area reduction due to the
nails is significantly smaller at this face.
The material model was implemented for FE-analysis in
MATLAB using supplementary routines from the toolbox
CALFEM. The nonlinear global response, including snapback behaviour following maximum load, was solved in
an incremental-iterative fashion using a cylindrical arclength method, see e.g. [15]. The FE-model consisted of
472 elements for the predefined potential crack planes and
6802 elements for the bulk material. Further information
regarding the considered material model and the
numerical implementation is given in [11].
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5.3 THEORETICAL RESULTS – LINEAR
ELASTIC STRESS ANALYSIS
Results in terms of linear elastic stress distributions are
illustrated in Figure 7 for test series 1p, showing the
timber member geometry as illustrated in Figure 6. The
stress components illustrated are the parallel to grain
normal stress σxx = S11 and the shear stresses τxy = S12
and τxz = S13. Theoretical strength predictions Fu,FE based
on the linear elastic stress analysis and failure criterion
max

,

,

≤ 1.0

(9)

are given in Table 4 for all eight test series. The strength
Fu,FE refers to the load acting on the complete specimen,
without symmetry considerations. The material strength
properties for the back, the bottom and the side faces of
the nailed volume considered here are the same as used
for the nonlinear fracture analysis described in Section
5.2, i.e. tensile strength fLt = 60·0.80 = 48 MPa and shear
strengths fLR = 6.0 MPa and fLT = 6.0·0.80 = 4.8 MPa.
At least two important observations can be made from the
linear elastic stress analyses:
•

•

The test setup and loading arrangement introduce
significant bending about the z-axis in the timber
member since the use of only one steel plate at each
end of the member introduces a load eccentricity with
respect to the height direction (the y-direction). For
test series 1p and applied load Fu,FE = 127.1 kN,
conventional beam theory predicts normal stress
along the grain due to the axial force of 9.3 MPa and
maximum normal stress due to bending of 30 MPa.
The FE-analysis, considering also the influence of the
load application and variation of stresses in the
z-direction gives a maximum parallel to grain tensile
stress of 48 MPa for the same load.
Based on the strength analysis presented here,
considering linear elastic stress analysis and the
failure criterion given in Equation (9), the strength of
test series 1p, 4p, 4p (60) and 10p is limited by the
parallel to grain tensile stress at the back face while
the strength of test series 10p (60), 13p, 14p and 15p
is limited by shear stress along the side faces of the
plug. The ratios σxx/fLt and τxz/fLT are however both
close to 1.0 for many of the test series, see Table 4.

One analysis was also run considering symmetry in the
xz-plane on the bottom side of the timber member and
hence simulating a symmetrically loaded member of cross
section 140 × 195 mm2. Results are included in Table 4 as
test series 1p-sym, where Fu,FE refers to the load for each
of the two steel plates at one end of the member. The
results indicate a 40 % increase in joint capacity for the
symmetrically loaded case 1p-sym compared to 1p. The
linear elastic stress analysis of 1p-sym further suggests
strength limited by shear failure, while a tension failure is
predicted for the eccentrically loaded test series 1p.
S, S11
(Avg: 75%)
+4.801e+01
+4.132e+01
+3.463e+01
+2.795e+01
+2.126e+01
+1.457e+01
+7.885e+00
+1.198e+00
−5.489e+00
−1.218e+01
−1.886e+01

σxx

S, S12
(Avg: 75%)
+2.567e+00
+2.188e+00
+1.809e+00
+1.430e+00
+1.051e+00
+6.715e−01
+2.925e−01
−8.659e−02
−4.657e−01
−8.447e−01
−1.224e+00

τxy

S, S13
(Avg: 75%)
+3.708e−01
−4.644e−02
−4.637e−01
−8.809e−01
−1.298e+00
−1.715e+00
−2.133e+00
−2.550e+00
−2.967e+00
−3.384e+00
−3.801e+00

τxz

z

y

x
Figure 7: Linear elastic stress distribution for parallel to grain
normal stress (top) and shear stresses (middle and bottom) for
test series 1p and applied load Fu,FE = 127.1 kN

Table 4: Test series, experimental test results and capacity according to linear elastic stress analysis
Test
nailed
Exp.
Theo.
Failure load
Stress components σxx, τxy, τxz and corresponding stress to
series
area
failure
failure
ratio
material strength ratios at theoretically predicted failure load
load
load
l s × bs
Fu,exp
Fu.FE
Fu,FE/ Fu,exp
σxx
σxx/fLt
τxy
τxy/fLR
τxz
τxz/fLT
[mm2]
[kN]
[kN]
[-]
[MPa]
[-]
[MPa]
[-]
[MPa]
[-]
1p
240 × 120
113
127.1
1.12
48.0
1.0
2.57
0.43
3.80
0.79
4p
240 × 120
116
130.2
1.12
48.0
1.0
2.56
0.43
3.37
0.70
4p (60)
240 × 120
145
139.2
0.96
48.0
1.0
1.46
0.24
3.00
0.63
10p
180 × 100
103
110.2
1.07
48.0
1.0
3.28
0.55
4.60
0.96
10p (60)
180 × 100
103
110.3
1.07
43.6
0.91
1.75
0.29
4.80
1.0
13p
220 × 60
81
78.2
0.97
41.1
0.86
3.73
0.62
4.80
1.0
14p
120 × 120
98
104.3
1.06
47.9
0.99
3.21
0.54
4.80
1.0
15p
280 × 40
72
74.2
1.03
40.0
0.83
3.90
0.65
4.80
1.0
1p -sym
240 × 120
178.8
35.1
0.73
5.90
0.98
4.80
1.0
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Results presented in Figures 8 - 11 concern the nonlinear
fracture analyses described in Section 5.2. Only test series
1p was analysed considering this approach and results are
hence limited to this geometry and nailing pattern.
An illustration of the Tsai-Wu effective stress field over
the three potential crack planes at the instant of fracture
initiation (fTW = 1.0 at total load F = 122.8 kN) is given in
Figure 8. Fracture is initiated at the top right corner of the
back face of the plug, at y = z = 0, which corresponds to
the location of the maximum parallel to grain tensile stress
found from the linear elastic analysis, see Figure 7. Also
the side face of the plug is significantly stresses at the
instant of fracture initiation, while the bottom face of the
plug shows only moderate stress levels. The location of
the maximum shear stress τxy is however located slightly
closer to the upper face of the timber member compared
to the predefined location of the bottom face of the plug.
Results in terms of total applied load F vs. displacement
uref are shown in Figure 9 for the five different values of
ratio between parallel and perpendicular to grain fracture
energy, Gf,0/Gf,90 = 10, 20, 40, 80 and 120. The curves are
off-set in the horizontal direction for the sake of clarity.
The total applied load F refers to the load acting on the
complete specimen (without symmetry considerations)
and hence corresponds to the loads given in Tables 1 and
4. The reference displacement uref is the displacement at
y = z = 0 at the loaded end of the timber member. The load
level F = 122.8 kN at which the Tsai-Wu criterion
according to Equation (7) is fulfilled is marked with a
cross (+). The values of the calculated maximum loads
Fmax are 124.7 kN, 128.5 kN, 133.5 kN, 143.5 kN and
151.6 kN for the ratios Gf,0/Gf,90 = 10, 20, 40, 80 and 120
respectively. The complete load vs. displacement curves
are shown in Figure 9 a). In order to illustrate the snapback behaviour after reaching maximum load, parts of the
load vs. displacement curves are illustrated in Figure 9 b),
c) and d) for ratios Gf,0/Gf,90 = 40, 20 and 10, respectively.
Since only the movement of the loading device was
recorded during testing and since neither the nails nor the
steel plates are modelled in the FE-analysis, comparison
to experimental results regarding the stiffness properties
is not possible.
back face

Total applied load F [kN]

5.4 THEORETICAL RESULTS – NONLINEAR
FRACTURE MECHANICS ANALYSIS

135

b)

134.5
134
133.5
133
132.5
132
131.5
131
1.03

1.035

1.04

1.045

1.05

1.055

1.06

Reference displacement u ref [mm]
128.7

c)
128.6

128.5

128.4

128.3

128.2
1.057 1.0575 1.058 1.0585 1.059 1.0595 1.06 1.0605 1.061

Reference displacement u ref [mm]
124.9

d)
124.8

124.7

side face
124.6

z
bottom face

y
124.5

x
124.4
1.0825 1.083 1.0835 1.084 1.0845 1.085 1.0855 1.086 1.0865

Reference displacement u ref [mm]

Figure 8: Tsai-Wu effective stress field over potential crack
planes at the instant of fracture initiation at load F = 122.8 kN

Figure 9: Load vs. displacement curves for nonlinear FEanalysis of specimen 1p considering different values of Gf0.
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The extension of the fracture process zone over the back,
bottom and side faces of the plug at the respective
maximum loads are illustrated in Figure 10 for the five
analyses with different ratios Gf,0/Gf,90. The load level for
which fracture is initiated and the location at which the
fracture starts is the same for all analyses, since these only
depend on the linear elastic stress state and the material
strength properties which are equal for all analyses.
The FE-analyses considering the strain softening are
numerically challenging. For the analyses with the smaller
values of the fracture energy for tension parallel to grain,
numerical problems relating to convergence of the global
equations of equilibrium and/or the local equations for
calculation of stresses are encountered during snap-back
after reaching the maximum load. This problem may be
related to the numerical simulation approach having
difficulties in distinguishing between elastic unloading
and strain softening with decreasing load at increasing
straining. The used modelling approach was hence not
able to completely model the progressive fracture course
after reaching maximum load for the analyses with
assumed reasonably realistic values of parallel to grain
fracture energy, i.e. ratios Gf,0/Gf,90 between 10 and 40.
For larger values of the parallel to grain fracture energy,
especially for Gf,0/Gf,90 = 120, the global behaviour is less
brittle in the sense that the snap-back behaviour of the
global load vs. displacement curve is significantly less
abrupt. The fracture process zones on the bottom and side
faces continue to grow during the global unloading phase
following the maximum load. Traction-free crack
surfaces are first formed at the bottom face and later also
at the side face of the plug, see Figure 11.
Gf,0/Gf,90 = 120
F = 124 kN (at unloading)

Gf,0/Gf,90 = 120
F = 100 kN (at unloading)

Figure 11: Illustration of fracture process zones during
unloading phase for Gf,0/Gf,90 = 120: white elements represent
traction-free crack surface, green elements represent linear
elastic behaviour while the fracture process zone is represented
by the colour scale from yellow to red

Gf,0/Gf,90 = 10
Fmax = 124.7 kN

Gf,0/Gf,90 = 20
Fmax = 128.5 kN

Gf,0/Gf,90 = 40
Fmax = 133.5 kN

Gf,0/Gf,90 = 80
Fmax = 143.5 kN

Gf,0/Gf,90 = 120
Fmax = 151.6 kN

Figure 10: Illustration of fracture process zones at maximum
loads for different ratios of Gf,0/Gf,90: white elements represent
traction-free crack surface, green elements represent linear
elastic behaviour while the fracture process zone is represented
by the colour scale from yellow to red
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6 RESULTS AND DISCUSSION
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The linear elastic FE-analyses suggest a significant
influence of the eccentric loading on the connection
strength. For symmetric loading, the parallel to grain
tensile stress is reduced and the numerical analysis
suggests considerably greater strength, see Table 4. This
finding is interesting in relation to evaluation of
experimental tests, in relation further experimental testing
and also in relation to practical design.
Another interesting observation concerns the location of
the bottom face of the plug. The location of the failure
plane is according to EC 5 governed by the location of the
plastic hinge formed in the nails for the governing ductile
nail failure mode. This location does however not
necessarily coincide with the location of maximum shear
stress in the wood. The nails may furthermore still be in
the linear elastic state at the load level leading to plug
shear failure.
There are a number of simplifications introduced in the
numerical models used here, e.g. regarding to load
transfer from the nails to the timber member. In the
present study, the loading is modelled by a body load
acting within the nailed volume. The applied body load is
assumed to vary linearly with respect to the nail length
direction, corresponding roughly to elastic performance
of the wood and rigid body rotation of the nail. A more
realistic way to model the load application can be to
account for the nail deformation and the local deformation
of the wood (elastic and/or plastic), and also to take the
clamping effect of the steel plate at the nail head into
account. Further possible improvements of the models
include modelling the individual nails, the steel plates and
some more sophisticated approach for modelling the
parallel to grain fracture at the back face of the plug.

7 CONCLUDING REMARKS
The long term goal of the theoretical work is to develop a
design method for nailed steel plate connections, which is
based on a sound and rational mechanical background. Of
specific interest is the capabilities to predict (1) under
which circumstances brittle failure due to plug or block
shear is likely to occur and (2) the corresponding failure
load. During the course of such work, FE-analysis based
on linear or nonlinear approaches serve as a valuable tool
for analysis of different geometries of the connections,
e.g. with different nail patterns. The results from such a
study could then be used to optimize the connections in
terms of both strength and ductility.
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ACCURATE STRENGTH PARAMETERS FOR FASTENERS WITH
EXAMPLES FOR RING SHANK NAILS
Jørgen Munch-Andersen1 and Staffan Svensson2
KEYWORDS: strength parameters, withdrawal strength, test methods, comparative testing, reference fastener

ABSTRACT: Strength parameters for fasteners determined in accordance with the methods prescribed for the
European CE-marking leads to quite different values for seemingly similar products from different manufactures. The
results are hardly repeatable, to some extent due to difficulties in selecting representative timber samples for the testing.
Beside this uncertainty, the declared values available to the designer concerns only structural timber, so no strength
parameters are available for common engineered wood products such as LVL or plywood, for example.
This paper gives:
 Examples of the variability of declared strength parameters for ring shank nails for almost similar products.
 Results from withdrawal test for similar nails inserted in the same timber specimens (structural timber and LVL),
which is used for investigating similarities and differences between nails and wood.
 Discussion of statistical methods to compare the strength parameters of two nails.
 A proposal for a method that enables to determine accurate strength parameters needed for structural design from
comparative tests involving reference fasteners.

1 INTRODUCTION 123
The strength parameters, like the withdrawal strength fax,
used to determine the load-carrying capacity of timber
fasteners are not easy to determine accurately. A reason
for this is that it is very difficult to prescribe how to
select the timber specimens such that the test results
becomes representative and repeatable. The requirements
given in ISO 8970 are obviously not sufficient, which
means that two fasteners can be assigned quite different
declared strength parameters, even though comparative
tests might show that the difference is small and often
statistically insignificant.
Further, codes like Eurocode 5 focus mainly on structural timber. The strength parameters are assumed to be
valid for glulam as well and might also be representative
for CLT, but are indeed not representative for LVL,
plywood and many other engineered wood products.
Eurocode 5 gives a few parameters for some engineered
wood products, but there is no method for the designer to
determine the remaining strength parameters from the
declared for structural timber.
1

Jørgen Munch-Andersen. Danish Timber Information,
jma@traeinfo.dk
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For a specific fastener to be used in a specific wood
product the strength parameters or load-carrying
capacities ought in principle to be obtained by testing the
actual combination. This is not practical for design.
Further, it is not specified who is responsible for providing the parameters necessary to design the connection. Is it the designer, the manufacturer of the fastener
or the manufacturer of the wood product?

2 DECLARED STRENGTH
PARAMETERS
From six manufactures of nails the declared parameters
for withdrawal strength, head pull-through strength and
yields moment are collected form the Declaration of
Performance, found on the manufactures web pages in
2015. The declared values were determined by accredited testing laboratories.
Six types of nails supplied by all six manufactures were
selected for comparation. Each type has same diameter,
profiling and surface treatment. Figure 1 shows the
declared withdrawal strengths normalized by the overall
mean. Significant difference among nails of the same
type are seen. The difference for head pull-through
strengths and yield moments are even bigger, see Figure
2 and 3. The arguments in the following will also apply
if the most odd values (manufacturer no 5) are disregarded.
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The last nail type in Figure 1 to 3 is smooth nails. The
strength parameters for these can be determined from
equations given in Eurocode 5. This is done by some
manufactures, which for withdrawal and head pullthrough are seen as the lower values.

very different between the manufactures, and they are all
above the Eurocode value that formally only applies to
smooth nails.
Even when ignoring the most odd values ring shank nails
have many values between 0,6 and 1,0. Some, but not
nearly all, of the difference can be explained by variations of the properties of the timber not reflected by density and moisture content.
2.2 YIELD MOMENT

Figure 1: Declared withdrawal parameters (normalized) for 6
types of nails from 6 manufactures. The colour indicates the
manufacturer. The last nail type is smooth, the others ring
shanked.

It is also contradicting that the yield moments can be so
different. The Eurocode formula for smooth nails (close
to 1,0 in Figure 3 for steel strength 600 MPa) gives
somewhat higher values than the lower of the measured
for ring shank nails. It is not necessarily wrong because
the rings could reduce the yield moment compared to a
smooth nail made of the same wire.
The steel strength is not very different (600–700 MPa)
so the yield moment measured for the ring shank nails
types ought to be quite similar for each diameter (2,8
mm and 3,1 mm). Note that according to Eurocode 5 a
smooth nail with diameter 2,8 mm should have a yield
moment of only 75 % of one with diameter 3,1 mm. This
differences cannot be seen between the ring shank nail
types, where the first three types has diameter 2,8 mm.
2.3 WITHDRAWAL

Figure 2: Declared head pull-through parameters (normalized) for 6 types of nails from 6 manufactures.

Figure 3: Declared yield moments (normalized) for 6 types of
nails from 6 manufactures.

2.1 HEAD PULL-THROUGH
The head pull-through strength would be expected to be
very similar for all nails as they all have a flat head and a
head diameter close to twice the shank diameter. (It is
customary to declare the same value for round heads and
D-shaped heads, so the experience seem to be that only
the area matters). Nevertheless, the declared values are

For the ring shank nail types it is seen from Figure 1 that
the withdrawal strength is also quite different. Different
shapes of the rings could influence the withdrawal
strength between the manufactures, but the real
difference between ring shank nails are likely to be
minor. This is shown in [2], where the withdrawal
strength of 7 types of ring shank nails (and one twisted)
from different suppliers and with nominal diameter 3,1
mm and length about 90 mm were tested in 10 different
boards of structural timber. 3 nails of each type were
used in each board. The 7 ring shank nails were very
similar in appearance and when corrected for differences
between the boards (including density), the observed
withdrawal strength normalized by the mean value are as
shown in Figure 4, where nail no 2 is the twisted one. It
is seen that the coefficient of variation is quite similar for
all 8 types, as would be expected.
Nail no 1 in Figure 4 has especially high strength and a
statistical test will deem the difference to the other nails
significant. However, no 1 is originating from the same
manufacturer as no 8 and the geometry is identical, with
the exception that no 1 has the sharper rings. This indicates nail no 1 is produced by a new tool, whereas no 8
is produced in a more normal state of the tool. No 6 is
also a little high, but the difference from the mean is less
than for no 1 and it is not statistically significant.
From Figure 1 it is also remarkable that the declared
values for electroplated nails (EP) in several cases are
smaller than those for hot dip galvanized nails (HDG)
from the same manufacturer and with the same diameter
(3,1 mm). It could be assumed that HDG will reduce the
withdrawal strength, but it is difficult to believe it should
increase the strength, so the declared values seem unreliable also for that reason.
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Figure 4: Measured withdrawal parameters (normalized) for 8
different nails 3,1×90 mm. No 2 is twisted, the other ring
shanked.

2.4 DISCUSSION
The differences between the declared strength parameters for similar nails from different manufactures are
much larger than reasonable.
Part of the difference for head pull-through and withdrawal can be attributed to differences in the wood
specimens used, which are not reflected by density and
moisture content, which are the parameters checked
when selecting the specimens. But this influence cannot
explain a difference of 50 % and more between the head
pull-through strength of nails of the same type.
This, and differences between the yield moments much
larger than what different steel strength can explain,
suggests that better methods for determining the declared
strength parameters are needed. This covers both the
selection of timber as specified in EN ISO 8970, the test
methods and probably the procedures used at the laboratory.

more complicated case like the load carrying capacity of
3D-nailing plate is to be tested. In the latter case, other
characteristics than the density must be accounted for.
Therefore, a proposal for an annex to the new EN 14592,
which focus only on determining the simple parameters,
has been suggested. It aims at a mean density within 10
% and a coefficient of variation at least similar to that of
the timber the results should be used for.
The proposal gives a method for correction to the target
mean value, assuming the strength parameters to be proportional to the density raised to a power c. For softwood, c values are given in see Table 1. Since the c
values are quite uncertain an upper and a lower value are
given, where the most unfavourable should be used. This
should eliminate taking advantage of deliberately selecting specimens with a higher or lower mean density than
the target value.
Table 1: Values of the power c for correction of observations
to target density. Values only apply to softwood.
Configuration
c, lower c, upper
bound
bound
Withdrawal of smooth nail and staple1
1,5
2,0
Withdrawal of ring shank nail
1,0
1,5
Withdrawal of coated nail or staple
1,0
2,0
Withdrawal of screw
0,8
1,2
Pull-through of head
0,8
1,2
1. Including twisted nails and nails with longitudinal groves

The proposed new annex of EN 14592 also gives a
method for correction of the observed coefficient of
variation of the strength parameter CoVR in case the
variation of the densities of the selected specimens
CoVρ,sel is smaller than the required CoVρ. This should
primarily be used if existing test results are revaluated.
This correction is also based on the c value in Table 1.





3 SELECTION OF TEST SPECIMENS

CoVR,corr  CoVR 2  c 2 CoVρ 2  CoVρ,sel 2

The method for selection of timber specimens for testing
is given in ISO 8970. The first issue from 1989 [4] had
two methods, both focusing on determining the strength
parameters at a density close to the characteristic density
of the timber the results should be used for. This gave
sort of a characteristic value of a characteristic value,
which are lower than necessary.
The second issue from 2010 [5] changed the focus to the
mean value of the density, which would be sensible if
the variation was also representative. However, it did not
have requirements to ensure a representative density, in
fact it encourage small variations and limits the allowable variation. This causes an unnatural low coefficient
of variation and thereby a too high characteristic value.
This was discussed in [3].
A method to mend for insufficient variation of the density has been discussed and in conjunction with revision
of the European harmonized standard for dowel type
fasteners (EN 14592) it was intended to develop a
proposal for a European revision. This appeared to be
difficult because the criterion for selectingthe timber
specimens should be different depending on if a simple
strength parameter like the withdrawal strength or a

This improvement does not solve the major problems
mentioned in 2.4, like properties not related to the density and insufficient accuracy of test procedures.

(1)

4 TESTING IN PAIRS
It is often desirable to be able to demonstrate that two
sets of data can be assumed to represent the same population or characteristic value. A considerable part of the
uncertainty on timber related strength parameters determined by testing are caused by differences in the wood
properties, which is only in parts reflected by density and
moisture content. This makes it difficult to repeat a test
and obtain the same value for example for the
withdrawal strength of a ring shank nail.
This uncertainty could be reduced if the property in
question is tested as pairs where e.g. two nails that
should be compared are both inserted in each wood
specimen, so the results represents the same population
of timber specimens for each fastener.
If the two fasteners are fairly similar, a ratio between the
two strength parameters obtained from each specimen
can be used. This ratio can be expected to dependent
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much less on density, moisture content and other wood
properties than the absolute strength parameters do. The
ratio will presumably also level out influence caused by
differences in test procedures used at different laboratories etc. The ratio is therefore assumed to be much
easier to reproduce, but there is, as will be shown in the
following, still a considerably contribution from random
effects.
4.1 AN EXAMPLE FOR STRUCTURAL TIMBER
To explore the possibilities of testing in pairs, withdrawal tests has been carried out with a set of four type
of nails, named 101, 102, 103 and 104, in 15 specimens
of structural timber. In accordance with the test standard
EN 1382 [8] all nails were inserted in both the radial (R)
and tangential (T) direction, so eight nails were inserted
in each specimen.
Nail 102 and 103 are ring shank nails originating from
the same sample of nails, so they are in principle identical. Nail 101 is similar to 102 and 103, it is from the
same factory, just produced at a different time. Nail 104
is a twisted nail, with much smaller strength.
Many pairs could be created from the set of four nails,
but here only the pairs including nail 102 is discussed.
The tests in the R and T direction could also be seen as a
pair, but are at first treated as independent measurements, so the results are assumed to represent tests in 30
specimens with all four nail types inserted in each specimen. Differences in the R and T direction is discussed
in connection with Figure 7.
The main parameters from the tests are given in Table 2,
including the simple characteristic value fk (5 %-fractile)
determined in accordance with EN 14358 [7] for lognormal distributed variables.
The mean density is 419 kg/m3, very close to European
grade C24, but the coefficient of variation (CoV) is only
7 %, where 10 % is allowed in C24. The range of densities is 380 to 460 kg/m3, but it should be extended by
approximately 20 kg/m3 both upwards and downwards to
obtain a CoV of 10 %. The low CoV is no problem for
this example, but should be regarded when selecting
specimens to determine characteristic values as specified
in section 3.
Table 3 gives the mean value and CoV of the ratio x
between the strengths determined for each pair with nail
102 as reference.
A plot of the distribution for each nail is shown in Figure
5. From the plot it can be concluded that nail 101, 102
and 103 looks very similar, as would be expected.

Figure 5: Probability plot of observed withdrawal strengths.
Note that the observations are LogN-distributed.

4.1.1 Comparing two identical nails
First the random effects are investigated using only nail
102 and 103, which have to give almost identical results.
Table 2 shows that on average the strength of nail 103,
f103, is slightly larger than the strength of nail 102, f102
and the CoV is somewhat smaller.
For the pair consisting of nail 102 and 103 mean value of
the ratio x = f103 / f102 is 1,015, which is larger than the
ratio between the individual mean values in Table 2,
which is 1,005, but both close to unity, as expected. The
ratio x varies between 0,74 and 1,35, so it is obvious that
a significant variation remains also when testing in pairs.
This is also seem from Figure 6, where the observations
from the pairs are shown.

Table 2: Parameters determined from test of 30 sets of identical nails in structural timber.
Density
f101
f102
f103
f104
kg/m3
MPa
MPa
MPa
MPa
Mean
419
11,93
11,74
11,80
4,22
CoV
7,1 %
19,9 %
18,7 %
17,9 %
26,9 %
fk
7,99
8,01
8,22
2,42
Table 3: Parameters determined for pairs including nail 102.
x=
f101 / f102
f103 / f102 f104 / f102
Mean
1,023
1,015
0,359
CoV
13,4 %
12,9 %
18,8 %

Figure 6: Observed values for pairs of the identical nail 102
and 103.
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Figure 7: Mean value of 4 observations in the same board for
each nail, as function of density. The dotted lines are best-fits.

The coefficient of variation decreases from about 18 %
in Table 2 for each of the absolute strengths to 12,9 %
for the ratio x in Table 3. This CoV represents local
variations of the timber properties, inaccuracy in installing the nails, uncertainties on the measurements of force
and geometry and probably other issues, which all can be
considered random with zero mean value. In Figure 5 the
deviations from the line with slope equal to unity is due
to the same random effects. The rest of the total CoV in
Table 2 represents the systematic difference between the
wood specimens, some of which is related to the density.
If the random and the systematic contributions to the
CoV is statistically independent, which seems like a fair
assumption, an estimate for the systematic part is

CoVsystematic = CoVtotal 2  CoVradom 2
~ 0,1832  0,1292  0,130  13, 0%

(2)

Therefore, the CoV of the random part and the systematic part are both about 13 %.
In reality, the 15 specimens are cut from 8 boards, so
there are two specimens from each of 7 boards. So each
nail is in fact used 4 times in each of those boards (the
specimen from the last board is disregarded here).
Taking the average of these 4 observations will remove a
large share of the random part of the CoV. The mean
values are shown in Figure 7. It is seen that the values
for nail 102 and 103 are almost identical. The CoV of the
ratio is down to 1,5 %. The CoV for each nail type
should approach the 13 % estimated in (2) but is 15 %
since there is still some randomness that has not been
removed.
Best-fit curves of the form f = f0 ρc where ρ is the density
is shown. For nail 102 and 103 the curves are almost
identical with the estimated c very close to 2,0. It is
obvious that nail 102 and 103 behaves similarly.
When regarding nail 102 and 103 as one nail-type it is
possible to investigate the difference between the radial
and the tangential direction in the same way because
there are 4 observations for each direction in each board.
The results are shown in Figure 8. There is obviously a
bigger difference between the two directions than be-

Figure 8: Mean value of 4 observations for nail 102 and 103 in
the same board in the radial and tangential direction, as
function of density. The dotted lines are best-fits.

ween the nails 102 and 103, but it is still small. The CoV
of the ratio becomes 8 %, mainly due to one board, see
Figure 8. The best-fit power c is still very close to 2,0.
To summarize, sound engineering judgement will conclude that nail 102 and 103 can be assumed to be identical. As will be discussed in section 5 it is not so easy to
prove this statistically.
The best-fit power for the dependency on the density is c
= 2,0, which is quite high compared to the range given in
Table 1, where the upper value is 1,5. The results from
the radial and tangential directions are slightly different,
but well within the general uncertainty.
4.1.2 Comparing two different nails
A more practical question is if nail 101 and 102 have the
same withdrawal strength. In Table 2 it is seen that both
the mean value and the CoV of nail 101 is slightly larger
than for nail 102. The pairs are shown in Figure 9.

Figure 9: Observed values for pairs of nail 101 and 102.
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The mean value of the ratios is 1,023 and their CoV
becomes 13 % again.
The engineering judgement will obviously again be that
the two nails can be assumed to have the same withdrawal strength. However, from Figure 7 it is seen that
the dependency on the board is different for nail 101
compared to nail 102 and 103, which means that the
best-fit power for dependency on density is much lower,
only c = 1,15. It is rather surprising that two apparently
similar nails can behave so differently in the same wood
specimens. Since nail 102 and 103 behaves identically, it
is concluded that the differences in the nail properties
causes this difference.
Figure 10 compares two very different nails in the same
timber. Nail 104 is a twisted nail for which the mean
value is 4,22 MPa or 36 % of nail 102. The CoV is 27 %,
where the ring shank nails have 18-20 %. The CoV of
the ratio x = f104 / f102 is 19 % instead of 13 % found for
the above two cases.

very weak. The absolute decrease is about 1 MPa, just as
for the other nails, so the relative decline is much larger.
Turning to the ratios x in Table 5 is seen that they are
very similar to those in Table 3. It is comforting that the
ratios are close to unity for the ring shank nails and an
advantage that the CoV's are much smaller than for
structural timber. Nail 102 in this case is slightly stronger than 103, which is of course accidental.
For nail 104 the ratio is also the same, 0,36. This must be
regarded accidental, because it is very different for the 3
boards. Had other boards been selected, the ratio would
have been different.
Table 4: Parameters determined from test of 30 sets of
identical nails in LVL.
f101
f102
f103
f104
MPa
MPa
MPa
MPa
Mean
12,10
11,87
11,76
4,31
CoV
7,2 %
9,8 %
6,6 %
20,1 %
fk
10,56
9,87
10,36
2,83
Board 81
12,26
12,30
12,28
4,67
Board 83
12,34
11,79
11,58
4,41
Board 85
11,31
11,18
11,07
3,41
Table 5: Parameters determined for pairs including nail 102.
x=
f101 / f102
f103 / f102 f104 / f102
Mean
1,022
0,994
0,360
CoV
3,2 %
3,9 %
11,9 %

4.3 DISCUSSION

Figure 10: Observed values for pairs of nail 104 and 102. The
dashed line has slope 0,36.

4.2 ANOTHER EXAMPLE FOR LVL
Another 30 tests with the same four nails were carried
out in LVL, but only perpendicular to the veneers. All
specimens came from three boards, 12 from each of the
boards called 81 and 83, and 6 from board no 85. The
density of the boards were 454-460 kg/m3, so this variation may be regarded insignificant.
Comparing Table 2 and 4 shows that the mean strength
of each nail is almost similar for structural timber and
LVL. This is regarded as a coincidence. The coefficient
of variation is much smaller for the test conducted with
LVL, about 10 % lower. The difference in CoV between
the identical nail 102 and 103 is remarkable.
In Table 4 the mean strength for each board is also
given. Generally, tests conducted with board 83 are
slightly weaker than board 81, but tests conducted in
board 85 are considerably weaker. Two of these mean
values are remarkable. For nail 101, board 83 gives the
largest strength values and for nail 104 board 85 appears

There are differences between similar nails like 101 and
103, which make them interact differently with the
timber, e.g. as seen in Figure 7 for the density dependency. For structural timber a wider range of densities
should be used to check if the estimated dependency
holds true.
LVL has the advantage that the random contribution to
the ratio between two nails is significantly smaller, so
differences are easier to detect. But samples from more
boards should be used to make sure that trends for
differences between two nails are consistent. When comparing a ring shanked nail with a twisted nail, it is not
consistent. To ensure that, a twisted nails should be compared with another twisted nail.

5 PROVING TWO STRENGTH
PARAMETERS TO BE SIMILAR
As mentioned in the examples above sound engineering
judgement will lead to the conclusion that nail 101, 102
and 103 all have the same strength. But in structural
engineering we need statistical evidence before we can
assume the characteristic value of two samples to be
identical.
The simplest method is to use the characteristic strengths
calculated as defined in EN 14358 [7], see Table 2. They
are almost equal, but it is completely random which nail
that gets the highest strength. The slightly different
CoV's has a significant influence. If the method for
known CoV can be used, only the mean value matters,
which might be a bit more fair. Then nail 101 has the
highest strength, but the difference between the mean
values in Table 2 is insignificant for practical purposes.
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If the results for nail 101 were obtained with a different
sample of timber specimens, perhaps at a different time
and by a different laboratory, it of course becomes even
more random which nail that appears to have the highest
strength parameter. So testing in pairs is an advantage
even when just using basic statistical treatment.
5.1 METHOD FOR PAIRS
One way to take advantage of testing in pairs when
checking if nail A is as good as nail B is to 'prove' that
the ratio x = fA / fB ≥ 1. Using the ratio eliminates the systematic influence from the properties of each selected
timber specimen, but not the random part, as discussed
above.
Since strengths are LogN-distributed the normal distributed variable Y is used. The observations become
yi = ln(xi)

(3)

If it can be made likely that y ≥ 0 then nail A is at least
as strong as nail B. This can be tested using a simple statistical test for normal distributed variables. If the number of tests is n, the required confidence level is 1-α and
the variance σy2 is unknown, it should be shown that the
test value z is

z  y n / σ y  t(n  1)1α

(4)

where t(n-1)α is the α–fractile of the t-distribution for
(n-1) degrees of freedom. Choosing 1-α = 75 %, which is
the required confidence level for characteristic values in
accordance with EN 14358, gives t(29)0,75 = 0,683.
When (4) is fulfilled, it means that the hypothesis y < 0
is rejected, meaning that it is most unlikely, that nail A
should be inferior to nail B.
Taking nail 101 as A and 102 as B gives y = 0,014, σy =
0,135 and z = 0,57. This is less than the required value,
0,683, so the hypothesis y < 0 is not rejected, even it was
pretty close. So it is not 'proved' that nail 101 is at least
as good as nail 102.
If nail 102 was taken as nail A and 101 as nail B the
calculations would have given y < 0 so the hypothesis
cannot be rejected, no matter how many tests that are
carried out or how small the variance is.
The same test size z can also be used to check the hypothesis y = 0. This is accepted if

t(n  1)α /2  z  t(n  1)1α /2

(5)

Since t(29)0,875 = 1,174 this will easily be accepted for
the nails investigated. At confidence level 90 %, thus α =
10 % and t(29)0,95 = 1,70 it would be even more easy to
accept. This illustrates that it is a wrong hypothesis that
is used. Acceptance only means that it cannot be proved
the nails are different, which is insufficient. That it is the
wrong hypothesis can be also be seen from the fact that
if the number of tests are reduced the range of acceptable
values of z increases.
What is needed is checking the hypothesis y ≠ 0, but no
traditional statistical tests enables this.

5.1.1 Using a margin
Imagine that nail 101 represents the batch used for the
original type testing of the nail and nail 102 (and 103) is
from a later batch. If the characteristic strength declared
based on the type testing were chosen a little conservative, it will be much easier to prove that later batches
have at least the same strength.
If the declared value were chosen as 5 % less than the
test results, it should only be shown that
x = f102 / (0,95 f101) ≥ 1 or y = ln(x) > ln(0,95) = -0,051
Using (3) and (4) gives y = 0,037, σy = 0,135 and z =
1,50. This will clearly reject the hypothesis y < 0, so it is
'proven' that nail 102 is better than the declared value.
The hypothesis would also have been rejected at confidence level 90 %, since t(29)0,90 = 1,31.

6 ADVANTAGES OF REFERENCE
FASTENERS
The large discrepancy between declared strength
parameters for fasteners demonstrated in section 2 is
unacceptable so a method to establish reliable and repeatable strength parameters is needed. Further, the European CE-marking of fasteners only applies to structural
timber, so there is also need for a method that allows for
determining the strength parameters in other wood materials without testing every combination.
6.1 PARAMETERS FOR STRUCTURAL TIMBER
The uncertainty related to the properties of the selected
test specimens and inaccuracy in the test method can be
reduced very significantly if the testing to determine
strength parameters are carried out in pairs. Each pair
should consist of the fasteners in question and a reference fastener for which the strength in structural timber
has been determined by more extensive testing than
usual.
The reference fastener ought presumably to be fairly
similar to the fastener for which the strength parameter
should be determined. A ring shank nail should be compared with a ring shank reference nail of approximately
the same diameter, and so on.
The ratio between the measured strength in each specimens can then be used to estimate a factor that characterize the fastener compared to the reference fastener.
The factor could be determined as the simple mean value
of the ratios as in Table 3, provided the CoV is similar. It
could also be done using a margin as described in 5.1.1.
This will on average enforce declared values slightly on
the safe side, but much more reliable than if using the
present system with a new sample of timber specimens
for each nail.
Perhaps it is not necessary to perform the testing using
structural timber. Using e.g. LVL to determine the ratio
would require fewer tests because the random contribution is smaller. This requires of course that it can be
generally shown that the factor is the same in structural
timber and LVL.
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6.2 PARAMETERS FOR OTHER WOOD
MATERIALS
By mean of reference fasteners, it is possible to establish
a system that enables the designer to derive the relevant
strength parameters for any fastener in any engineered
wood material from fairly simple tests carried out by the
manufactures of fasteners and wood materials,
respectively.
Presently, it is formally required that each combination
of fastener and material should be tested.
6.2.1 Wood material manufacturer
The manufacturers of engineered wood materials, such
as LVL, plywood or particleboards, can characterize
their product's properties with respect to fasteners by
carrying out tests with the relevant reference fasteners in
specimens of their product(s). The outcome is
characteristic strength parameters for each reference
fastener, determined as given in the present standards.
The specimens used could cover a product family, for
which the properties are nearly the same. All the relevant
reference fasteners could be tested in each specimen.
This will simplify the tests and might strengthen the
evaluation, because the effect of the individual properties
of each specimen will be clearer. However, the possible
different dependency on the properties of the wood
specimens mentioned in 4.3 should be noted.
6.2.2 Fastener manufacturer
The manufactures of fasteners can characterize their
product's properties with respect to a type of engineered
wood material by testing their fastener paired with the
relevant reference fastener in a 'typical' sample of the
relevant wood material. Since the outcome is a factor
based on the ratio it is not necessary to have reference
materials, but it is advisable that the specimens used for
the testing originates from different manufactures.
6.2.3 The designer
The structural engineer who need the strength
parameters of a particular fastener in a specific wood
material in order to design a connection can obtain them
by multiplying the factor relating the fastener to the
reference fastener by the strength parameter for the
reference fastener obtained for the wood material.
6.3 DISCUSSION
To establish a system that enables strength parameters to
be determined in a simple way for engineered wood
materials is fairly simple. Two things are needed:
1 An agreement about which fasteners should be the
reference fasteners. For panel type materials, there is a
quite limited amount of relevant fastener types, all quite
small.
2 A method to derive a safe factor for each fastener
compared to the reference fastener, so a characteristic
strength parameter can be calculated from that of the
reference fastener. The margin method discussed in 5.1.1
could be a safe choice.

Due to the large variability of structural timber extensive
testing with each reference fasteners is necessary to
establish the correct strength parameters. Then the
fastener manufacture can determine factors for each
product by testing in pairs with the relevant reference
fastener.
As indicated by the tests discussed in section 4 it might
be sufficient to carry out tests in LVL. Similarly, it could
perhaps be shown that factors for e.g. OSB could be
determined from factors determined for plywood and
particleboards. But this is just a simplification, which is
not essential for initiating the use of reference fasteners.
In all cases, a quite large amount of each reference
fastener from the very same production should be on
stock and available to all test institutes. When the stock
is about to run out a new reference fastener must be
chosen and comparative measurements with old and new
reference fasteners must be carried out to ensure the link
between old and new tests.

7 CONCLUSIONS
The methods presently used to establish strength parameters for fasteners do not give neither reliable nor
reproducible values, so improved methods must be developed.
For similar nails, the ratio between their withdrawal
capacities is on average very close to unity, both in
structural timber and in LVL. The coefficient of variation is significantly smaller using LVL.
Surprisingly, the dependency on the individual properties of each wood sample, like the density, can be quite
different even the mean value and coefficient of variation are very similar. This observation calls for tests of
a wider range of densities and broader selection of LVLspecimens.
The statistical treatment suffers from lack of proper statistical standard methods to prove that to distributions
cannot be assumed to be different and therefore must be
regarded similar. This should be investigated further.
Selecting a number of reference fasteners, which manufactures of engineered wood products and fasteners
respectively use together with their own products will
enable designers to determine strength parameters for
any combination of fastener and wood material. For
structural timber more extensive testing of the reference
fasteners are needed due to the large variability of the
properties of timber, also within one grade like C24.
An advantage of testing relative to reference fasteners
compared to fixed formulas based on geometry given in
e.g, Eurocode 5, is that innovation is rewarded and
actually easier to prove.
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EXPERIMENTAL CAMPAIGN FOR THE MECHANICAL
CHARACTERIZATION OF CONNECTION SYSTEMS IN THE SEISMIC
DESIGN OF TIMBER BUILDINGS
Daniele Casagrande1, Andrea Polastri2, Tiziano Sartori3, Cristiano Loss4, Manuela Chiodega5
ABSTRACT: The seismic behaviour of timber buildings is strongly related to the energy dissipation capacity of

connections. According to Standard, since timber is characterized by a brittle failure when subjected to tensile or
bending actions, the dissipative zones shall be located in joints and connections, whereas timber members themselves
shall be regarded as behaving elastically. In order to ensure the global structural ductility, connections and joints shall
be able to deform plastically at the associated ductility level without a significant reduction of their resistance under
cyclic loads. The paper deals with an experimental campaign for the mechanical characterization of timber connection
systems, commonly adopted in Europe, in the seismic design of timber buildings. The main objective was to find out
the capacity, the stiffness and the ductility of the tested connections and to investigate their loss of capacity under cyclic
loads. The obtained results were analysed in order to understand if the current provisions, reported in Standard for the
different typology of traditional connectors, can be adopted in case of connection systems used for seismic purposes,
such as hold-down or angle brackets. Their interaction with other structural parts was then investigated testing six fullscale timber walls, subjected to monotonic and cyclic loads. The tests were carried out at the Laboratory of Materials
and Structural Testing of the Trento University (Italy).
KEYWORDS: experimental tests, seismic, connections, mechanical devices

1. INTRODUCTION123
In last years, an important role in the construction market
of Mediterranean Area has been achieved by timber
buildings. Countries in this area, differently from
Northern European ones, are characterized by a low
tradition in the construction of timber buildings and, at
the same time, by a high seismic hazard. For this reason,
particular attention must be paid in the design of
earthquake-resistant timber buildings [1].
The tradition approach in seismic engineering is based
on the seismic energy dissipation, which should be
achieved in specific zones of the buildings. These are
designed in order to be able to deform plastically at an
appropriate ductility ratio without a significant reduction
of their resistance under repeated cyclic loads.
Since timber is to be considered as a brittle material
when subjected to tensile or bending loads, the energy
dissipation is to be achieved in mechanical joints and
connections by means of the metal fasteners
plasticization and the embedment of timber at the
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interface with the fasteners. In section 8 of European
Standard EN 1998-1 [2] some provisions are provided in
order to ensure a correct design of timber buildings and
hence a suitable ductility and energy dissipation
capacity.
It is explicitly required that “In order to ensure that the
given values of the behaviour factor may be used, the
dissipative zones, specified in the capacity design rules
for each structural type, shall be able to deform
plastically for at least three fully reversed cycles at a
static ductility ratio reported in Table 8.3,(equal to 4 and
6 for a medium and ductility class respectively) without
more than a 20% reduction of their resistance between
the first and third cycles envelope curve”. In addition,
simplified provisions, based on the check of the ratio
between the fastener diameter and the timber element
thickness, are reported to ensure the previous
requirement.
Furthermore,
the
non-dissipative
connections and timber elements need to be designed
according to the capacity design approach ([3],[4],[5]).

2. OBJECTIVE
The work presented in this paper deals with the
experimental investigation of some mechanical
connection systems, which nowadays are commonly
adopted in seismic areas.
The main objective was to find out the capacity, the
stiffness and the ductility of the tested connections and
to investigate their loss of capacity under cyclic loads, in
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order to understand if they are, or not, in accordance
with the current provisions reported in Standard. In most
cases, in fact, technical documents of these products
(European Technical Approval) are simply related to the
strength properties. No specific reference regarding their
stiffness or ductility is available. However, a correct
design of timber buildings cannot be performed without
the knowledge of these parameters.
Stiffness is, in fact, the key-parameter in the linear
structural analysis [6], especially when numerical
modelling ([7], [8], [9], [10], [11]) is used to predict the
dynamic properties of the buildings (i.e. natural
frequencies), the distribution of horizontal forces
between structural elements (i.e. shear walls) as well as
the inter-storey drifts. On the contrary, the ductility and
the strength-reduction under cyclic loads become the
fundamental parameters in those connections designed in
order to dissipate the seismic energy. Their capacity to
ensure a suitable plastic deformation is, in fact, strongly
related to the seismic reduction factor.
Six full-scale timber walls were then tested under
monotonic and cyclic loads. Both Cross-laminated
Timber (CLT) and Light-Timber Frame (LTF) walls
were investigated. The tested walls were assembled with
the connection systems investigated in the previous part
of the research campaign in order to determine a relation
between the local mechanical properties of
connections/mechanical devices and the global
behaviour of the walls.

3. THE SEISMIC-REV PROJECT
All experimental tests were carried out at the Laboratory
of Materials and Structural Testing of the Trento
University (Italy) under the Seismic X-REV project,
within a scientific partnership between the Timber
Research Group of the University of Trento, the CNR
IVALSA Institute and the Rothoblaas Company.
The experimental campaign was conceptually divided
into three different phases. Firstly, 40 tests were carried
out on timber-to-timber, steel-to-timber and sheathingto-timber connections. Secondly, hold-downs and angle
brackets, typically used to anchor timber walls to the
foundation were investigated: an amount of 21 tests were
performed. Lastly, 6 full-scale timber walls were tested.
The same mechanical devices tested in previous phases
were used to anchor the walls to the setup steel
basement.
The tests were carried out according to the testing
protocols provided by the European Standards. During
the monotonic tests, a displacement control was adopted
with a constant rate of 0.05 mm/s up to the failure
condition of the specimen. On the contrary, for the cyclic
loading tests, different rates were used depending on the
cycle amplitude.
The mechanical parameters of the tested specimens were
obtained from the force vs displacement curves of
monotonic tests, according to the European Standard EN
12512 [12]. These are: the maximum load Fmax, the
displacement corresponding to the ultimate load vu, the
displacement corresponding to the maximum load vmax,

the elastic stiffness Kser,, the yield displacement vy and the
static ductility m.
For cyclic tests the strength reduction between the first
and the third cycle at a certain displacement was
evaluated. In European Standard for seismic design of
buildings [1], in fact, it is required that a mechanical
connection in dissipative zones shall be able to deform
plastically for at least three fully reversed cycles at a
static ductility ratio equal to 4 and 6, without more than a
20% reduction of their resistance between the first and
third cycles envelope backbone curve, for high ductility
and medium ductility classes respectively. It is important
to highlight that this provision can be directly adopted in
case of connections (nails, screws, dowels, bolts) and not
in the case of mechanical devices (hold-downs, angle
brackets).
In case of mechanical devices it is necessary to take into
account that the steel-to-timber connection is to be
regarded as a dissipative zone, whereas the other
components (such as plates or anchoring bolts) should be
designed with an adequate over-strength.
Connectors are meant the metallic fasteners used to
connect two timber elements or a steel plate or device
with a timber element (Figure 1). Since they are made of
steel, a ductile behaviour is expected with the formation
of plastic hinges able to deform plastically under cyclic
loads without a significant strength reduction.
Connection is the term used to describe the connectors
and the two elements connected (timber elements and
steel plates). Depending on the geometrical and
mechanical properties of the connectors and the
connected elements, different behaviours may be
achieved. Connection system (or mechanical device) is
the term used to describe the entirety of the device,
including all connectors and other parts.

Figure 1: Connector, connection and mechanical device

4. EXPERIMENTAL
CONNECTIONS

TESTS

ON

In this section the tests on timber-to-timber and timberto-steel connections are described. In all tests the
direction of load acting on connectors was parallel to the
glulam element grain. Monotonic (M) and Cyclic (C)
were carried out (Figure 2, 3, 4 and Table 1, 2, 3).
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Two types of timber-to-timber connections were tested.
The first one is represented by a sheathing-to-framing
connection made of two 15 mm thick OSB/3 panels, a
160x80 mm solid wood vertical stud and 14 fasteners (7
for each panel). 2.8x80 mm ring nails, 4.5x45 HBS and
5x50mm LBS screws were tested with a spacing of 50
mm. These tests were designed in accordance with the
results reported in [7].
Table 1: tests on sheathing-to-framing connections

Test ID

#

OSB
2.8X80_M
OSB
2.8X80_C
OSB
4.0X45_M
OSB
2.8X80_C
OSB
5.0X50_M

1
2
1
2
1

Fasteners
[mm]
14 ring nails
2.8x80
14 ring nails
2.8x80
4.0x45 14 HBS
screws
14 HBS screws
4.0x45
14 LBS screws
4.0x45

Spacing
[mm]
50

Incl.

50

90°

50

90°

50

90°

50

90°

90°
Figure 2: geometrical properties of specimens for sheathingto-framing connection tests

The second type of tested connection is made with two
glulam elements connected by vertical and/or 45°
inclined screws. 160 mm length HBS screws with a
diameter of 6, 8 and 10 mm were used in case of
“vertical screw” tests, whereas 9x280 VGZ fullythreaded screws were adopted in the case of “45°
screws”.
Table 2: tests on screws timber-to-timber connections

Test ID

#

HBS_6x160_M

2

HBS_6x160_C

2

HBS_8x160_M

1

HBS_8x160_C

2

HBS_10x160_M

1

HBS_10x160_C

2

VGZ_9x280_M

1

VGZ_9x280_C

2

VGZ_9x280_T_M

1

Screws
(mm)
6x160 5 HBS
6x160 5 HBS
8x160 3 HBS
8x160 3 HBS
10x160 3 HBS
10x160 3 HBS
9x280 2 VGZ
9x280 2 VGZ
9x280 2 VGZ

Spacing
(mm)
90

Incl.
90°

90

90°

140

90°

140

90°

140

90°

140

90°

-

+/-45°

-

+/-45°

-

+/+45°

Figure 3: geometrical properties of specimens for screwed
timber-to-timber connection tests

The timber-to-steel connections were composed of a
glulam element and a steel plate with different thickness
(1.5, 3 and 4 mm) whereas the fasteners were 4x60 mm
Anker Nails and 5x50 mm LBS screws.
Table 3: tests on timber-to-steel connections

Test ID
A4x60_1.5_M

#
1

A4x60_3_M

1

A4x60_3_C

2

A4x60_6_C

1

LBS5x50_1.5_M

1

LBS5x50_3_M

1

LBS5x50_3_C

2

LBS5x50_6_C

1

Fasteners
4x60 mm
8 Anker nails
4x60 mm
8 Anker nails
4x60 mm
8 Anker nails
4x60 mm
8 Anker nails
5x50 mm
8 LBS screws
5x50 mm
8 LBS screws
5x50 mm
8 LBS screws
5x50 mm
8 LBS screws

Plate thickness
1.5 mm
3 mm
3 mm
6 mm
1.5 mm
3 mm
3 mm
6 mm

WCTE 2016 e-book | 324

Figure 4: geometrical properties of specimens for steel-totimber connection tests

The setup of all connection tests was composed of two
vertical HEM 120 steel profiles connected by a UPN 40
profile placed on the steel base reaction frame (Figure 5).
The setup of all connection tests was made with the aim
of reproducing a vertical roller (using polyzene, steel
profiles and steel plates, see Figure 5)

Figure 6: shear test on TCF 200 angle bracket

Figure 7: tensile test on TCN 240 angle bracket

Figure 5: test set-up for timber-to-timber connections tests
(left) and set-up schematization

5. EXPERIMENTAL
TESTS
MECHANICAL DEVICES

ON

The mechanical behaviour of angle-brackets and holddown devices were tested under monotonic (M) and
cyclic loads (C). Hold-down devices were subjected to a
tensile load only, whereas angle brackets were tested
under shear (S) or, tensile (T) loads, see Figure 6 and 7.
In this project was in fact studied the capacity of angle
bracket devices to bear tensile loads which usually are
absorbed by hold downs.

Hold-downs were connected to the CLT specimen by
means of 4x60 mm Anker nails with the aim of
simulating a wall tensile anchoring to the foundation.
The same typology of nails was adopted for angle
brackets.
Three hold-down devices were tested, namely WHT 340,
WHT 440 WHT 620, characterized by 20, 30 and 55
nails, respectively. An additional test was performed
with WHT 620, using a partial fixing with 33 fasteners
(differently from the previous tests not all the holes of
the hold-down were nailed).
Angle brackets TCF 200 and TTN 200 were tested under
shear load for CLT-to-CLT and CLT-to-steel connection
respectively. The angle bracket TCN 240 was, on the
contrary, tested under a tensile load (Figure 6). All the
angle brackets were connected by means of Anker 4x60
nails.
These tests were designed in accordance with the results
reported in [14]. The same set-up of connections
specimens was adopted for the tests reported in Table 4.
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Table 4: tests on mechanical devices

Test ID
TCF200_M
TCF200_C
TTF200_M
TTF200_C
TCN240_M
TCN240_C
WHT340_M
WHT340_C
WHT440_M
WHT620_M
WHT620_P_M
WHT620_P_C

#
1
2
1
2
1
2
1
2
1
1
1
2

Devices
TCF200
TCF200
TTF200
TTF200
TCN240
TCN240
WHT340
WHT340
WHT440
WHT620
WHT620
WHT620

Load
Shear
Shear
Shear
Shear
Tensile
Tensile
Tensile
Tensile
Tensile
Tensile
Tensile
Tensile

6. EXPERIMENTAL TESTS ON
SCALE WALLS

Nails
30
30
30
30
36
36
20
20
30
55
33
33

was of 60x160 mm. The five vertical studs were placed
with a constant spacing (Figure 9).

FULL-

In order to investigate the interaction between the local
mechanical behaviour (Section 4 and Section 5) with the
global behaviour of timber shear walls, 6 full-scale tests
(CLT and LTF) were performed (Table 5). The
relationship between the connection ductility and wall
ductility was analysed depending on the mechanism
failure achieved.
The walls were subjected simultaneously to a horizontal
force and a uniform vertical load, equal to 20 kN/m,
representing the seismic force and the gravitational load
respectively. The walls were tested with the reaction
frame in Figure 8.

Figure 9: LTF shear wall

The OSB panels had dimensions of 1250x2500 mm and
were 15 mm thick. Two panels for each side were used
to sheath the wall. The sheathing OSB panels were
connected to the timber frame with 2.8x80 mm nails and
a spacing of 100 mm on the edge of the panels and of
200 mm on the stud along the centre of the panel. The
anchoring against tensile loads was made with WHT 620
hold downs (with partial fixing – 33 Anker 4x60 nails)
for LTF walls and the two first CLT walls. Two TCN
200 were used to prevent the sliding of the walls.
The last 2 tests on CLT walls were carried out adopting
4 TCN 240 angle brackets with proper washers; no hold
down connectors were used; the tensile anchoring was
made with the angle brackets positioned at the corners of
the wall (Figure 10).

Figure 8: shear wall test set-up

All the tested walls were 2.5 m long and 2.5 m high. The
Light Timber Frame (LTF) walls, sheathed with OSB
panels, were 190 mm thick whereas the Cross-Laminated
Timber (CLT) walls were composed of 3 layers with a
total thick of 100 mm.
The timber frame of the LTF walls was made of solid
timber members. The lateral vertical studs had a section
of 100x160 mm. The top and the bottom plate section

Figure 10: Detail of anchoring devices for CLT_TITAN_M and
CLT_TITAN_M tests
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Table 5: tests on full scale walls

Test ID

#

LTF_M
LTF_C
CLT_M
CLT_C
CLT_TITAN_M
CLT_TITAN_C

1
1
1
1
1
1

Hold-Down
(at each corner)
WHT 620 Part.
WHT 620 Part.
WHT 620 Part.
WHT 620 Part.
TCN 200
TCN 200

Table 6: sheathing-to-framing connection results

Angle brackets
2 TCF 200
2 TCF 200
2 TCF 200
2 TCF 200
2 TCN 200
2 TCN 200

Test ID
OSB
2.8X80
OSB
4.0X45
OSB
5.0X50

Fmax
[kN]
1.36

Kser
[N/mm]
550

vy
[mm]
1.28

vu
[mm]
27.51

µ
[-]
21.5

DC
[-]
H

1.67

500

1.60

21.7

13.6

M

2.2

916

0.80

21.2

26.5

-

A load cell (LC) was used to measure the force applied
by the hydraulic jack. The top wall horizontal
displacement, the wall rigid sliding and the uplift of the
wall corners were measured by means of Linear Variable
Displacement Transducers (LVDTs) whereas the
diagonal deformation of the wall was monitored by two
wire potentiometers (WP), see Figure 11.

Figure 12: Force vs displacement curves for monotonic and
cyclic load tests for OSB 2.8x80 specimens

Figure 11: shear wall test measuring set-up

7. TEST RESULTS
For each specimen the maximum load Fmax, the
displacement corresponding to the ultimate load vu, the
displacement corresponding to the maximum load vmax,
the elastic stiffness Kser, the yield displacement vy , the
static ductility m were obtained from monotonic tests.
The ductility class (DC) at the third cycle for a
displacement of 4 vy and 6 vy (when these were reached)
was analysed for connections and mechanical devices
from cyclic tests. When the strength degradation resulted
lower than 20% for a displacement of 4 vy, the
connection, or the mechanical device, was considered as
dissipative zone in a medium ductility class (M). On the
contrary, when the strength degradation resulted lower
than 20% for a displacement of 6 vy, the connection or
the mechanical device was considered as dissipative
zone in a high ductility class (H). In case that the
ultimate displacement was lower than 4 vy or the two
previous provisions were not satisfied, the connection
was not assumed as a dissipative zone (L).

All specimens showed a significant ductility capacity
under monotonic loads. OSB 5x50 and OSB 4x45 tests
were characterized by the same ultimate displacement
but the former was characterized by a much higher
stiffness.
However, it is important to highlight that in the case of
screws (d=4.0 mm and 5.0 mm) a larger wood element is
required in order to satisfy the edge distance
prescriptions according to Standards [15].
2.8 x 80 ring nails (Figure 12) and 4.0x45 HBS screws
are characterized by similar strength and stiffness.
However, nails showed a much higher ductility and
satisfy the prescriptions for a HDC design approach
whereas HBS 4.0x45 can be used only for a MDC design
approach.

7.1 CONNECTION TESTS
The results of the sheathing-to-framing (Table 6),
timber-to-timber (Table 7) and steel-to-timber (Table 8)
connections are reported dividing the experimental
values of Fmax and Kser by the number of connectors.

Figure 13: Force vs displacement curves for monotonic and
cyclic load tests for HBS 6x60 timber-to-timber specimens
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Table 7: timber-to-timber connection

Test ID

HBS
6x160_M_1
HBS
6x160_M_2
HBS
8x160_M
HBS
10x160_M
VGZ
9x280_M_1
VGZ
9x280_M_T

Fmax
[kN]
5.6

Kser
[N/mm]
753

vy
[mm]
3.8

vu
[mm]
30

µ
[-]
7.9

DC
[-]
L

7.2

750

5.2

29.6

5.7

L

6.2

1716

1.6

30

18.8

H

8.8

1150

2.8

30

10.7

H

18.17

14365

1

2.8

2.8

L

26.32

20929

1.2

5.0

4.33

-

As expected, a higher ductility was obtained in case of
screws under a shear load (HBS screws) than 45°
inclined screws. However, 45° inclined screws showed
larger stiffness and strength. 8 and 10 diameter HBS
screws are in accordance with HDC requirements.
Despite their small diameter and their high static
ductility, 6 diameter screws showed a brittle failure
under cyclic loads (Figure 13). The main reason is due to
the mechanical properties of the steel: to ensure a
sufficient strength in the screwing phase, the yield
strength of steel has to be particularly high. However a
significantly decrease of oligo-cycle fatigue was
observed. As a result, the capacity of connectors under
oligo-cycle loads should be verified by means of specific
tests when they are intended to be used as dissipative
connections.
Table 8: steel-to-timber connection results

Test ID
A4x60_1.5
A4x60_3
A4x60_6
LBS5x50_1.5
LBS5x50_3
LBS5x50_6

Fmax
[kN]
3.04
3.49
4.75
3.25
-

Kser
[N/mm]
678
853
325
1043
-

vy
[mm]
3.49
2.46
12.02
1.93
-

vu
[mm]
15.81
16.23
30
10.34
-

µ
[-]
4.53
6.60
2.50
5.36
-

DC
[-]
H
H
H
H

All connections can be considered as dissipative zones
according to a HDC approach. In case of a steel plate
with a thickness of 3 mm, LBS 5x50 screws showed a
higher stiffness and strength but a lower ductility than
Anker nails 4.0x60 (Figure 14). Because of a significant
rope-effect, LBS screws tested with a steel plate with a
thickness of 1.5 mm were characterized by a higher
strength but with a significantly lower stiffness and
ductility than the steel plate test with a thickness of 3
mm.

Figure 14: Force vs displacement curves for monotonic and
cyclic l tests for Anker nails 4.0x60 3 mm thick steel plate
specimens

7.2 MECHANICAL DEVICES TESTS
Low and medium values of ductility were obtained for
all mechanical devices with the exception of TCN 240
angle bracket under a tensile load (Table 9). This angle
bracket showed significant values of strength as well as
stiffness, becoming a valid alternative to traditional holddown devices (Figure 15).
Table 9: mechanical devices results

Test ID

TCF_200
TTF_200
TCN_240
(Tensile)
WHT340
WHT440
WHT620*
WHT620_P

Fmax
[kN]
41.03
70.04
93.80

Kser
[N/mm]
8479
8945
28455

vy
[mm]
4.23
6.45
2.30

vu
[mm]
7.40
26.07
18.40

µ
[-]
1.75
4.04
8.00

60.19
78.14
107.32
100.08

5705
6609
13247
9967

8.92
9.28
6.38
7.94

21.2
28.47
20.7
30.00

2.37
3.07
3.24
3.78

The partial fixing (see Section 5) of WHT 620 holddown did not cause a significant reduction of strength
with an increasing of ductility. However, the failure
mechanism of WHT620 was characterized by the brittle
tensile breakage of the steel plate. As a result, in seismic
regions the partial fixing is recommended.

Figure 15: Force vs displacement curves for monotonic and
cyclic tensile load tests for TCN 240 angle brackets
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The partial fixing (see Section 5) of WHT 620 holddown did not cause a significant reduction of strength
with an increasing of ductility. However, the failure
mechanism of WHT620 was characterized by the brittle
tensile breakage of the steel plate. As a result, in seismic
regions the partial fixing is recommended.
7.3 WALL TESTS
CLT walls showed higher values of strength and
stiffness but lower values of ductility than LTF wall
(Table 10). In CLT walls the mechanism failure was
associated with hold-down failure (Figure 16) whereas in
LTF with sheathing-to-framing connection failure.
Table 10: wall tests results

Test ID

LTF
CLT
CLT_TITAN

Fmax
[kN]
93.9
138.4
149.3

Kser
[N/mm]
3454
5796
9445

vy
[mm]
18.9
19.46
13.5

vu
[mm]
71.89
37.15
33.30

µ
[-]
3.80
1.91
2.53

Therefore, since sheathing-to-framing connection which,
as previously reported, is characterized by a higher static
ductility than hold-down devices, a higher ductility of
the LTF wall than the CLT walls was observed.
The use of TCN 200 as hold-down device show a
significant increasing of stiffness as well as of ductility
of the CLT wall.

Figure 16: Force vs displacement curves for CLT wall’s cyclic
test

8. CONCLUSIONS
In this paper, an experimental campaign for the
mechanical characterization of connection systems
commonly adopted in Europe in the seismic design of
timber buildings was presented. Different results were
obtained in terms of stiffness, strength, ductility and
oligo-cyclic capacity of connectors and connection
systems largely adopted in the seismic design of timberframe as well as CLT buildings, in accordance with
Eurocode 8
From the tests on 6 mm diameter screws under a lateral
load, it was highlighted how the oligo-cycle fatigue
capacity was not achieved despite the ratio between the
screw diameter and the timber element thickness was in

accordance with the Standard prescription. As a result,
oligo-cycle fatigue load tests should be performed on
fasteners in order to ensure a sufficient energy
dissipation under cyclic loads. Tensile tests on TCN 240
showed how this kind of angle brackets can be adopted
as an excellent alternative to hold-down devices in
timber shear walls. Lastly, a partial fixing of the WHT
620 Hold-down device should be preferred in order to
achieve a higher ductility when hold-down devices are
assumed as dissipative connections as in case of CLT
walls.
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BLOCK SHEAR FAILURE MODE OF AXIALLY LOADED GROUPS OF
SCREWS
Ursula Mahlknecht1, Reinhard Brandner2, Manfred Augustin3

ABSTRACT: Self-tapping screws are efficient and flexible fasteners, applicable for many types of connections.
Investigations on axially loaded groups of screws pointed out, that small spacing between the screws lead to block shear
failure mode. So far, block and plug shear failure mode are only analysed for laterally loaded fasteners. Corresponding
models cannot be simple transferred to primary axially loaded screws, because of their load insertion continuously
along the effective thread featuring a thread-fibre angle perpendicular or with an angle to grain. Results gained by
means of two different test configurations, with constant 90° thread-fibre angle but different configurations of group of
screws and support conditions are presented. A block shear model is presented, and for mean values for stiffness and
strength properties as model parameters are discussed together with values for parameters related to the force
distribution over the effective thread length for the first test configuration. Agreement between model and test results
was found on a conservative basis. As outlook, considerations of additional bending stresses as well as parameter
optimisation are seen as prerequisites and next steps for further model improvement and practicality.
KEYWORDS: self-tapping screws, axially loaded, group of screws, block shear model, minimum spacing

1 INTRODUCTION123

(a)

(b)

1.1 GENERAL INTRODUCTION
Self-tapping screws are optimized for axial loading and
versatile applicable, e.g. for loads up to a few mega
newtons. The number of screws, their arrangement and
the screw geometry can be adapted for optimal load
insertion, providing high bearing and stiffness properties.
Examples for connections with a group of screws are
given below. A beam loaded perpendicular to grain is
presented in Figure 1. Figure 2 shows two types of
connections with inclined screws, whereby (a) is a frame
work knot with axially loaded screws and (b) a
symmetric tensile joint with a mainly axial loaded group.

Figure 2: (a) framework knot and (b) tensile joint

Another important point analysing screwed connections
is the behaviour of the timber surface during loading.
The surface between the screws in Figure 1 can deform
freely. In case of a push-pull situation, e.g. as shown in
Figure 2 (a), the deformability may be restricted by
supporting elements nearby the group of screws. In case
of the tensile joint in Figure 2 (b) the outer steel plates
are pressed on the surface during loading.
1.2 MOTIVATION

Figure 1: Beam loaded perpendicular to grain
1
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Research done by Plieschounig [1] on the group effect in
case of withdrawal failure mode emerged that the group
failure was not withdrawal but rather a failure in the
timber surrounding the screw group. In specimen with
groups of more than n = 3 · 3 = 9 screws and minimum
spacings between the screws allowed by diverse
European Technical Assessments (ETA) cracks arose
along the screw rows in grain and at the tip end of the
screws. The observed failure mode is later analysed and
named as block shear failure mode. Based on these first
observations possible failure modes of axially loaded
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groups of screws were investigated in dependence of
support conditions, penetration length, spacing a1 in
grain and a2 perpendicular to grain. Results confirmed
suspicion that neither minimum spacings given in
ON EN 1995-1-1 [2], further named as Eurocode 5
(EC 5), avoid block shear failure mode.
As there are manifold potential parameters influencing
the failure mode of groups of screws and nearly infinite
possibilities how groups can be arranged so that
theoretically and by testing all practically relevant
configurations and design situations are covered, further
investigations on that and with focus on the block shear
failure mode started with a fixed thread-fibre angle
α = 90°. Two different test configurations were realized;
see Mahlknecht [3], Mahlknecht and Brandner [4] and
Mahlknecht et al. [5]. Withdrawal failure, steel failure of
the screw, block shear failure, tension perpendicular to
grain failure and splitting failure mode were observed
and related to spacing a1 and a2 as well as the penetration
length. The test series with prevalent block shear failure
mode are presented within this paper.

2.2 DEFINITION OF BLOCK, PLUG AND ROW
SHEAR OF LATERALLY LOADED
FASTENERS
For laterally loaded fasteners and loading in grain
EC 5 [2] Annex A distinguishes two cases: case 1 ‘block
shear’ and case 2 ‘plug shear’ failure mode. Both
correspond to failures of the areas surrounding the
timber block circuiting the outer fasteners in a group.
Case 1 indicates a failure over the entire thickness of the
timber element penetrated by fasteners like dowels, see
Figure 3 (a). However in Case 2 the plug is smaller than
the element thickness, e.g. caused by partially
penetrating fasteners like nails or yielding fasteners, see
Figure 3 (b).
A third failure mode is the row shear failure mode,
where each fastener row in grain fails, see Figure 3 (c).
Rarely observed for groups with many rivet fasteners,
than for a few number or e.g. for single ring dowels.
(a) block shear

(b) plug shear

(c) row shear

2 STATE-OF-THE-ART
In general, the load-bearing capacity of timber member
locally in the area of connections is normally lower than
outside this area. This is due to the locally concentrated
loads and reductions in cross section.
2.1 STATE-OF-THE-ART IN STANDARDS
According to EC 5 [2] for the design of timber members’
capacity reductions in cross section have to be taken into
account. The same applies also for other structural
elements, e.g. outer steel plates.
EC 5 [2] gives constructive rules for the arrangement of
screws within a group, e.g. minimum spacing, defined as
multiple times the nominal screw diameter d, with
a1 = 7·d in grain and a2 = 5·d perpendicular to grain and
edge distances a1,CG = 10·d in grain and a2,CG = 4·d
perpendicular to grain.
Concerning the verification of a primary axially loaded
group of screws at first the bearing capacity R of the
single fastener has to be estimated, as (i) steel failure
mode of the screws, (ii) withdrawal or (iii) head pull
through failure mode. To consider interactions between
the screws, the resistance R gets multiplied by the
effective number of fasteners nef = n0.9. The reduction
factor nef referring the sum of the single resistances R
was introduced as safety factor for not so far investigated
behaviour. For small groups of screws the factor may
lead to suitable results. Investigations of Krenn and
Schickhofer [6] on inclined screws with steel plates and
long threat length lef showed that for a large number of
screws the reduced capacity leads to non-economical by
non-scientific reasonable reductions.
Additionally, the EC 5 [2] requires the consideration of
the “failure along the circumference of a group of screws
(block shear or plug shear)”. Although verification of
block and plug shear failure mode is mandatory, there
are currently no rules for verification available for
axially loaded screws.

Figure 3: Laterally loaded fasteners (a) block shear, (b) plug
shear and (c) row shear failure modes

The block and plug shear failure mode was investigated
e.g. by Stahl et al. [7], Hanhijärvi and Kevarinmäki [8],
Bocquet and Barthram [9] as well as Zarnani and
Quenneville [10]. All investigations concern rived
fasteners, nails as well as dowel type fasteners loaded
laterally in grain, provoking shear stresses along the
laterals sides and tension in grain in.

3 SHEAR FAILURE MODES AND
SPLITTING CONCERNING SCREWS
3.1 BLOCK SHEAR FAILURE MODE
The considered block shear failure mode of an axially
loaded group of screws is defined as a shear and tear-out
failure mode of a complete timber block, caused by the
superposition of each screw force. Screw arrangements
in regular grids lead consequently to teared-out
rectangular timber blocks. The dimensions of this block
are in depth the total penetrating length and in width and
length the dimension of the circumferential screws. It is
mentioned that for partially threaded screws the
penetration length lp can be longer than the thread length
lef, thereby is the part of the shank embedded in timber
denoted as embedment length lemb, see Figure 4 (a).
Investigations in groups of screws done by Mahlknecht
and Brandner [4] has shown that this failure mode is
possible also in groups of inclined screws with α ≠ 90°.
Axial loading provokes pure or an interaction of tension
perpendicular to grain, rolling shear and transversal
shear stresses. This type of block shear failure mode
does not correspond to the equally-named failure mode

WCTE 2016 e-book | 332

in EC 5 [2] the main differences are the rare case of
screwed-through groups of screws and the axial loading.
However, we stick to the term “block shear failure
mode” as the main failure planes are shear planes.
The probability that a block shear failure mode can occur
depends in particular on the penetration length, the
spacing a1 and especially on the spacing a2.
Mahlknecht [11] points out the influence of the spacing
a2 regarding the different failure modes. As consequence
of the orthotropic material properties, the main load gets
transmitted in grain. Thus, the resistance of a group of
screws cannot be increased efficiently by just increasing
the number of screws in grain, r according to Figure 5,
since the cross section of the block, As,s = (s – 1) · a2 · lef,
remains the same.
The characteristic cracks of the block shear failure mode
for an angle α = 90° are at the two planes along the both
outer screws rows in grain and at the tip end of the
screws, like shown in Figure 4 (b). The plane at the tip
end of the screws gets mainly stressed in tension
perpendicular to grain. The lateral volume around the
block is stressed in rolling or transversal shear. In Figure
5 and Figure 6 parameters for the screw arrangement are
indicated and corresponding deformations are
qualitatively shown.
(a) penetration length

Xs
Xr

Figure 6: Schematic block shear failure mode at α = 90°,
deformation and theoretical lateral influence length

3.2 ROW SHEAR FAILURE MODE
Row shear of axially loaded screws is a shear failure of
the timber volume in-between the screws in grain. In
case of 90° it is pure rolling shear and in case of inclined
screws an interaction of rolling and transversal shear, see
Figure 7. This failue mode is relevant for small spacing
a1, especially together with a long threat length lef. This
failure mode was observed by Plieschounig [1]. It it
clearly visible that only the upper part of penetrated
timber fails. Reason therefore is the well-known nonconstant stress distribution along the penetration length.

lemb
lef

l

lp

1,17·d
Figure 4: (a) penetration length parameters of a screw and (b)
cross section of specimen with block shear failure mode:
failure planes

a2,CG

B
a2,CG

plane As,s loaded by
longitudinal shear

a2
1

s 1
...

H

2

...

a1

r
lef

Figure 7: Rolling shear failure mode of a screw row in grain

3.3 SPLITTING OF SCREW ROWS IN GRAIN
Another possible failure mode is the splitting along
screw rows in grain, observed primarily at the zone near
the loaded timber surface, leading finally to a withdrawal
failure; see Mahlknecht [3], Mahlknecht and Brandner
[4] and Mahlknecht et al. [5]. This failure mode is in
particular relevant for smaller cross sections flexible in
bending with spreading of lateral timber parts.

4 BLOCK SHEAR MODEL

plane Ar,s loaded by
rolling shear
plane At loaded
by tension perp.

Figure 5: Schematic block shear failure mode at α = 90° with
penetration length lp = lef, parameters of arrangement

Mahlknecht et al. [5] proposed a block shear failure
mode model for primary axially loaded groups of selftapping screws which was adapted from the analytical
model for laterally loaded rivets of Zarnani and
Quenneville [10]. The model considers load sharing and
load redistribution after partial failure(s) between the
potential fracture planes surrounding the group. Each
fracture plane corresponds to an elastic spring, working
in parallel with Δ as the total deformation of the timber
block.
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The model takes into account an axially loaded group of
screws with a 90° stress-fibre angle and assume a
constant Δ over the whole timber block, see Figure 6.
Equal elongation of all screws and the possibility of the
surface to deform freely are assumed well. Furthermore,
linear-elastic material behaviour and brittle failure for
tension perpendicular to the grain, transverse and rolling
shear properties are presumed.
The stiffness of each elastic springs is determined as
followed. The stiffness Kt,90 assigned to the bottom plane
At = (r – 1) · a1 · (s – 1) · a2 is stressed in tension
perpendicular to grain, see Equation (1).

elongation εf,(1) multiplied by the total stiffness Kj gives
the load P1st as maximum load reached before failure of
the first failure plane or pair of plains, At, 2·As,s or 2·As,r,
as given in Equation (5).

Et,90  At

After the first partial failure(s) the load is redistributed to
the residual planes with analogue calculation steps for
stiffness. The possibilities for a further load increase are
checked and the procedure repeated until all planes have
exceeded their limits and the final joint failure reached.
The maximum resistance Pmax of the joint is given in
Equation (6).

K t,90 

Ct,90  lef

(1)

Et,90 corresponds to the Young’s modulus in tension
perpendicular to grain and lef = lp – lemb ˗ 1.17·d to the
effective thread length according to Pirnbacher et
al. [12], see also Figure 4 (a). The factor Ct,90 describes
the relation of a non-constant force distribution along lef
to a constant one, see Figure 8.

lef

non-linear

constant

P
p

The stiffness Ks of the fracture plane As,s =
(s – 1) · a2 · lef results from the transversal shear
deformation of the adjacent timer volume and the tension
perpendicular stress at the bottom of the deformed lateral
volume At,s = (s – 1) · a2 · Xs, see Equation (2).

G0  As,s
Xs



Et,90  At,s
10  lef

(2)

Here, G0 is the modulus of rigidity for transversal shear
and Xs the theoretical length of the affected adjacent
shear volume.
Analogue, the theoretical length of the affected adjacent
rolling shear volume Xr and the stiffness Kr for the lateral
rolling shear plane As,r = (r – 1) · a1 · lef has to be
calculated, see Equation (3).

Kr 

i

(4)

i

 3
 f  A C  
P1st    K j   i i i  
 j=1
 Ki
(1) 
with a  0 and i  1, 2, 3

 3
 f  A C  
Pmax  max   K j   i i i  
a
 ja 1
 Ki
(a 1) 
with a  0, 1, 2 and i  1, 2, 3  a

(5)

(6)

5 EXPERIMENTAL INVESTIGATIONS

Figure 8: schematic load distribution along lef

Ks 

εf,(1) = min (εf,i ) and εf,(3)  max(εf,i )

G90  As,r
Xr



Et,90  At,r
10  lef

(3)

Within this chapter that test series which primary failed
in block shear are discussed; see Mahlknecht and
Brandner [4] and Mahlknecht et al. [5] for further
details.
5.1 TEST SETUP
5.1.1 Test configuration C1
The test setup of configuration C1 was developed for
testing groups of screws at α = 90° and by using a
circumferential support to minimize bending stress. A
groups of n self-tapping screws of diameter d = 6 mm
were arranged in matrix pattern r · s = n, varying the
number n, the spacing a1 and a2 and the penetration
length. The rectangular opening of the almost rigidly
supporting steel plate was adopted for each arrangement,
with spacing between support and group of a1 and a2 in
the corresponding grain directions. Because of the
orthotropic material behaviour the main load gets
transmitted in transversal direction. The support
condition corresponds to a push-pull test setup, see
Figure 9.

G90 is the modulus of rigidity for rolling shear.
If all springs are active, the number of failed planes is
a = 0 and the total stiffness is Kj = (Kt + 2 · Ks + 2 · Kr).
The elongations of each possible fracture (transversal
shear, rolling shear and tension perpendicular to grain) is
calculated
by
εf,i = fi · Ai · Ci / Ki,
with
i=
(1, 2, 3 – a) | a = 0 and ranked in ascending order, for
εf,(1) and εf,(3) see Equation (4). Cs and Cr consider a nonconstant stress distribution at the outer lateral planes
along lef and Ct a constant stress state at plane At. The

Figure 9: Test configuration C1
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Solid timber (ST) of nominal strength class C24
according to EN 338 [13] with a cross section B × H =
256 × 163 mm² was reinforced laterally and in depth by
edge bonded boards or smaller GLT beams. Finally, the
specimen had a height of HSP = 252 mm, a width of
BSP = 320 mm and a length of LSP = 370, 400, 460 or
530 mm. The average density was ρmean = 405 kg/m³
with a coefficient of variation CoV = 8.8 %. A group of
n = 5 · 5 = 25 partially-threaded self-tapping screws with
a2 = 3.5·d were inserted into the specimen with threaded
length lef = 11.3·d and embedment length lemb = 4·d.
The spacing a1 was varied with 5·d, 7.5·d, 10·d and
12.5·d. Please not that in one test series (series G) the
area per screw investigated was only a1 · a2 = 17.5·d²
and thus less than usually requested; i.e. ≥ 25·d².
The specimen of glued laminated timber (GLT) of
nominal strength class GL 24h according to
EN 14080 [14] and with a cross section of
B × H = 180 × 240 mm² were again reinforced laterally
to increase the rigidity against bending and compression
stresses. Consequently, the width and length of the final
specimen was BSP = 340 mm and LSP = 350 mm,
respectively. The average density was ρmean = 451 kg/m³
with CoV = 3.8 %. A group of n = 3 · 4 = 12 screws
were inserted with spacing a2 = 3.5·d and thread length
lef = 17.8·d. The spacing a1 was varied with 5·d, 7.5·d
and 10·d.
5.1.2 Test configuration C2
The main difference between the first and second test
configuration is the support condition. In the second test
configuration, C2, the specimen were supported as
single-span girders with a span of 575 mm and
centrically loaded in tension. The GLT specimen were of
nominal strength class GL 24h according to
EN 14080 [14] and featured a length LSP = 970 mm. A
group of n fully-threaded self-tapping screws of nominal
diameter d = 8 mm, was inserted with a threat length
lef = 18.5·d and arranged in rectangular shape to fix the
connecting steel element, see Figure 10. Apart from one
test series, series O, all specimen were reinforced
laterally. Dimensions and varied parameters are given in
Table 1. Spacing a1 and a2 were chosen to satisfy the
generally requested area per screw a1 · a2 ≥ 25·d². The
ratio of threat length lef to specimen height HSP was
varied to investigate its influence on the failure mode.

Figure 10: Test configuration C2

Table 1: Dimensions and varied parameters of test
configuration C2

series
N
K
N
8
10
r|s
3|3
4|3
a1 / d
10.5
5.3
a2 / d
5.0
5.0
HSP [mm]
280
280
ρmean [kg/m³]
428
CoV
3.9 %
BSP [mm]
300
300
lef / HSP [%]
52.8
52.8
1)
BSP = 320 mm of 5 specimen

O
10
4|3
5.3
5.0
180

J
10
4|3
5.3
5.0
180
461
5.4 %
180 3001)
82.1
82.1

I
10
3|4
7.9
3.3
180
3001)
82.1

5.2 REFERENCE TESTS WITH SINGLE
SCREWS
Reference tests were done with identical single screws,
penetration length and material. The reference for test
configuration C1 in ST is estimated from 57 single tests
and in GLT from 17 single tests. The one for test
configuration C2 is estimated from 18 single tests. The
maximum load Fax,max of the withdrawal tests are
multiplied with the number of screws n and compared
with results of group tests, respectively. The 95 %
confidence interval CI95 of the mean withdrawal values
is estimated assuming a lognormal distribution and by
means of Cox Method, see Zhou [15].
5.3 MODEL PARAMETERS
In the following it is assumed that all model parameters
are independent from density or that at least the
dependency can be neglected.
The material parameters moduli of elasticity and shear
are defined as followed: The modulus of elasticity
perpendicular to the grain, Et,90,mean, was set to
370 N/mm² and 300 N/mm², and the shear modulus
G0,mean was set to 690 N/mm² and 650 N/mm², for ST
and for GLT according to EN 338 [13] and
EN 14080 [14], respectively. The rolling shear modulus
G90,mean was set to 100 N/mm² according to Ehrhart et
al. [16] for ST as well for GLT.
The tensile strength perpendicular to grain depends
significantly on the affected timber volume. Mean values
for specimen with predominant radial, tangential or 45°
inclined annual rings were investigated in Blaß et al. [17]
by using clear wood with dimensions H × B × L =
180 × 45 × 70 mm with a constant area stressed in
tension perpendicular to grain of At = 3,150 mm². The
average tensile strength perpendicular to grain was in
radial direction higher than in tangential direction.
Results of tension tests done by Stuefer [18] with
lamellas of dimensions H × B × L = 40 × 150 × 150 mm,
predominant radial annual rings and a stressed area
At = 22,500 mm² are in-line with previous investigations.
In our investigated groups of screws failing in block
shear, the position of the crack due to tensile
perpendicular to grain failure occurred at a predefined
position At. There was no primary and constant annual
ring pattern so in principle a tensile failure in all
directions of annual rings was possible. In view of that
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and the investigations in the literature the parameter for
the tensile strength in the block shear model was set
equal to the mean value ft,mean = 2.04 N/mm²
corresponding to 45° inclined annual rings as reported in
Blaß et al. [17] and converted with Weibull’s size effect
by Equation (7) for each tested arrangement. Mean
values for ft,mean between 1.35 N/mm² and 1.97 N/mm²
result.
(7)

Frequently the determination of the rolling shear strength
is requested regarding Cross Laminated Timber (CLT)
elements. Average values determined on single lamellas
were found to be in good agreement with that derived
from testing CLT elements in four-point-bending, see
Mestek [19] and Erhart et al. [16].
Mestek [19] received for rolling shear strength an
average value of fr,mean = 2.13 N/mm² by testing ST
specimen with a ratio B / H = 10. Ehrhart et al. [16]
observed fr,mean ~ 1.90 N/mm² for lamellas with a width
to depth ratio B / H = 4. For the block shear model the
parameter fr,mean was set to 1.9 N/mm² for both, ST and
GLT.
Brandner et al. [20] report on literature data of shear
strength gained by means of three-, four- and five-point
bending tests conducted on ST and GLT beams.
Following these data sets mean shear strengths in
dependence of shear area As are derived as power
regression models; see Equation (8) and (9) for ST and
GLT, respectively.

f v,mean ,MLE,ST  40.2·As 0.2
f v,mean ,MLE,GLT  55.2·As 0.22

(8)

Figure 11: Schematic shear cracks (a) a single one and (b)
more parallel to grain

After fixing the material parameters, the distribution of
strain and stiffness properties along the block
dimensions has to be determined. To define the factor
Ct,90 initially the distribution of forces along the effective
thread is needed. Ehlbeck and Siebert [23] reported a
non-linear force distribution along the thread length lef of
a rod with screw thread and α = 90°. Ringhofer and
Schickhofer [24] determined a slightly non-linear force
distribution along the thread by analysing discrete
elongation data from single withdrawal tests.
A finite element analysis of a simplified twodimensional plane with orthotropic and linear elastic
material behaviour was done in RFEM program from
Dlubal Software GmbH. Loading, supporting and
spacing were modelled analogue to the first test
configuration C1. The modelled screws are loaded a by
line load at upper part and transmit it to the modelled
timber plane solely over the upper contact line of each
thread triangle, see Figure 12. The stress perpendicular
to grain σy along the effective thread of the outer screws
in the investigated group behaves nearly linear,
qualitatively comparable to findings in Ringhofer and
Schickhofer [24]. However, the stresses along the
effective threads of the inner screws show a non-linear
distribution, see Figure 12.
LF3

(9)

With As = As,s = (s – 1) · a2 · lef mean values for shear
strength fv,mean = 8.23 N/mm² and 6.89 N/mm² for ST and
GLT, respectively, are found. For test configuration C2 a
value of fv,mean = 6.17 N/mm² is given.
Shear failures in three-point bending tests usually show
one shear crack along the grain. Several parallel, but
shorter shear cracks in a certain cross section can occur
due to different loading situation, e.g. investigated on a
different test configuration presented by Jöbstl et al. [21]
or Hirschmann [22]. Both are schematically shown in
Figure 11. Hirschmann [22] investigated influence of
lamella dimensions with a test configuration as shown in
Figure 11 (b). From lamellas of height and width of
H × B = 150 × 10 mm, 200 × 10 mm and 150 × 20 mm
result average shear strength fv,med between 8.9 N/mm²
and 11.4 N/mm². The smaller the lamella thickness, the
higher the shear strength. Shear situation of the current
modeling correlate with loading situation investigated of
Jöbstl et al. [21] and Hirschmann [22], but a larger width
is given. Finally average values calculated by Equation
(8) and (9) are taken as initial model parameters.
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Figure 12: FEM-analysis to determine factor Ct,90, stress σy
along the effective thread of inner and outer screws
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The assumption in Mahlknecht et al. [5] to set Ct,90 = 0.8
which corresponds to a more intense and non-linear
stress distribution in the upper part of the screw thread,
equal to the inner screws, maintains.
While Ct,90 considers the load distribution over lef in the
inner block volume, Cs and Cr relate the stress
distribution at lateral outer block areas As,s and Ar,s. The
linear distribution of the stress σy in outer screws with
small distance to the supports in Figure 12 consequence
a constant shear force in [N/mm] over lef. Presuming a
constant shear strain in the surrounding timber volume
leads to Cs and Cr equal to 1.0; the factor Ct is set to 1.0,
assuming an equally loaded plane At.
A first step to determine the length of the contributing
lateral volume outside the circumference of the group of
screws was done considering the stress dispersion model
as e.g. reported in Van der Put and Leijten [25]. Applied
for compression perpendicular to grain, this stress
dispersion is taken into account by the factor kc,90.
Transferred to the block shear failure model and
following Brandner et al. [26] for the load distribution
perpendicular to grain, relevant for the shear failure
planes, a stress dispersion angle of β = 15° is used to
approximate the laterally influenced length Xr by
Equation (10), see also Figure 13 (a).

X r  0.5  ( s  1)  a2  (kc,90  1)

(a) load spreading
ls
Xr Xr

(b) determination of Xs
Xs
a1
ß
test

lef

(10)

model

with kc,90

( s  1)  a2  2  lef  tan 
l
 s 
l
( s  1)  a2

l

Figure 13: (a) load spreading along lef and determination of
length Xs for lateral transversal shear volume

According to this, for both test configurations values
between 8 and 12 mm are found, considering also lemb.
Another approach do determine Xr is to analyse the crack
pattern in specimen’s cross section after testing. For test
configuration C1 with a2 = 3.5·d clear block shear failure
mode was observed. However the cracks at tests with
a2 = 5.0·d were not explicitly on the outer screw rows
and withdrawal failure was observed in addition, see
Plieschounig [1], Mahlknecht [3], and Mahlknecht et al.
[5]. For clear block shear failure the superposition of
load inserted by two screw rows is assumed. Therefore
the influence length Xr cannot be longer than 2.5·d.
Since the angle of load spreading β in Equation (10) is
supposed for continuous supporting ot opposite side and
the current specimens of test configuration C1 are
supported solely laterally, which ask for a higher load
spreading angle. Thus the value of 2.5·d = 15 mm is seen
to be more suitable for Xr.
By doing the same analysis for test configuration C2, the
load superposition must be given although with Xr = 5·d,

because of the rectangular arrangement, following test
results. Calculation of Xr with Equation (10) result with
12 mm in a not suitable value. Therefore Xr is set to
5·d = 40 mm, in a first approach.
Xs is a parameter which highly influences at the
transversal shear stiffness regarding the model. The
longer Xs the smaller Ks and therefore less load is
transmitted in the main loading direction, over As,s.
For test configuration C1, Xs is assumed to be not longer
than the distance from screw group to support, which is
equal to the spacing a1, see Figure 13 (b).
Approximations of the contributing length according to
Equation (10) but with a stress dispersion angle of
β = 45° lead to longer values and therefore not suitable.
Test results presented in following chapter of test
configuration C1 outline that with spacing a1 = 10·d and
in GLT the failure mode changes to withdrawal failure
mode. Therefore, Xs = 10·d / 2 = 30 mm as limit for a
guaranteed overlapping in this configuration of the group
and is taken for model value. Same value for Xs is taken
in a first approach for ST. The same applies for test
configuration C2; again, Xs is set to 5·d = 40 mm. This
circumstance is discussed later.
5.4 TEST RESULTS
In some of the analysed load-deformation curves a
sudden load drop in the range of 80 % to 100 % of the
maximum load and before exceeding it is observed. This
indicates a first failure after a slight linear loaddeformation curve. This load drop is followed by a load
increase with reduced stiffness. Due to this observation,
in the analysis differentiation in load at first failure, F1st,
and maximum load, Fmax, is made; see Mahlknecht et
al. [5].
The results of test configuration C1 done with ST
Timber are shown in Table 2 and as box plot in Figure
14. All tests failed in block shear and featured frequently
a load drop. The reference level, calculated as multipletimes the average withdrawal capacity of corresponding
single screws, is given by n · Fax,mean = 203 kN, with
CI95 = 196 to 210 kN. It is noted that single screw tests
were done with lemb = 2·d and group tests with lemb = 4·d.
In block shear model lemb is actually not considered
explicitly.
Table 2: Test and model results for solid timber, test
configuration C1, n = 25, a2 = 3.5·d

series
a1 / d
number of tests
F1st,mean [kN]
Fmax,mean [kN]
block shear model
P1st,mean [kN]
failed area
Pmax,mean [kN]
failed plane

G
5.0
10
121
139

H
7.5
9
141
157

I
10.0
10
157
162

J
12.5
9
151
152

106
At

117
At
121
As,r

129
At
136
As,r

141
At
152
As,r

250
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150
100

Table 4: Test and model results, GLT, test configuration C2

spacing a1

Figure 14: Test and model results – solid timber, test
configuration C1, n = 25, a2 = 3.5·d

The results of test configuration C1 done with GLT are
shown in Table 3 and as box-plot in Figure 15. Apart
from one test with a1 = 10·d, all tests ended with block
shear failure and a load at first failure F1st was observed
for all series. The reference level is given by
n · Fax,mean = 170 kN, with CI95 = 164 to 176 kN.

141
144
1

-

-

164

111
As,r

125
As,r

139
As,r

3B
2 SP
5 TP

mean values

10 B

6B
3 SP
1 TP

15 B

13 B
2 SP

Serie

250
200

5.5 DISCUSSION

150

12·Fax,mean and CI95

F1st
Fmax

100
0

failure:

P1st

Figure 16: Test and model results for GLT, test configuration
C2

50

load [kN]

P max

model:

8·single

141
146
-

10·Fax,mean and CI95

200

122
133
-

191
As,s

100

I
10.0
7

50

H
7.5
8

8·Fax,mean
and CI95

0

G
5.0
8

load [kN]

Series
a1 / d
number of tests with
block shear failure
F1st,mean [kN]
Fmax,mean [kN]
number of tests with
withdrawal failure
Fmax,mean [kN]
block shear model
F1st,mean [kN]
Fmax,mean [kN]
failed plane

250

Table 3: Test and model results for GLT, test configuration C1,
n = 12, a2 = 3.5·d

13
185
2
174

I

12.5d

J

10.0d

O

7.5d

I

K

5.0d

10·single

single

N

0

mean values

Series
N
K
O
J
number of tests of each failure mode and load
respectively:
(B)
3
10
6
15
F1st,mean [kN]
156
Fmax,mean [kN]
176
171
190
183
(TP)
5
1
Fmax,mean [kN]
184
171
(SP)
2
3
Fmax,mean [kN]
172
179
Block shear model
P1st,mean [kN]
Pmax,mean [kN]
206
191
191
191
failed plane
As,s
As,s
As,s
As,s
300

model:
P max
P 1st

150

F1st
Fmax

50

load [kN]

200

25·Fax,mean and CI95

The results of test configuration C2 done with GLT are
shown in Table 4 and as box-plot in Figure 16. Block
shear failure (B), tension perpendicular to grain failure
(TB) and splitting failure mode (SP) were observed. The
reference level is given for n = 8 by n · Fax,mean = 200 kN,
with CI95 = 191 to 209 kN and for n = 10 by
n · Fax,mean = 250 kN, with CI95 = 239 to 262 kN.

model:
P max
P 1st

mean values
withdrawal failure
single

5.0d

7.5d

10.0d

spacing a1

Figure 15: Test and model results for GLT, test configuration
C1, n = 12, a2 = 3.5·d

5.5.1 Observed resistances and failure modes in tests
In all cases, the load level corresponding to withdrawal
failure mode is higher than of the observed failures.
Test results of ST at a1 · a2 ≥ 25·d², lef = 11.3·d and
lemb = 4·d show a slight increase of resistance level with
increased spacing a1 from 7.5·d to 10.0·d. In GLT with
lef = 17.8·d and equal spacing a1 no increase could be
observed. In both cases the same area perpendicular to
grain direction, As,s according to the model definition,
was given but no increase of resistance corresponding to
elongated block shear volume in grain direction
remained. For more analysing details see Mahlknecht et
al. [5].
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Although the group of screws in test configuration C2
was arranged in a rectangular pattern with no screws
present in the inner block volume, all tests failed in
block shear. Block shear was the leading failure mode
within the tested arrangements and dimensions of
specimen.
Tension perpendicular to grain failure of entire specimen
width was relevant for a ratio of lef / HSP = 52.8 % and
with large spacing a1 = 10.5·d and a2 = 5.0·d of series N.
The alternative, series K, with same specimen and two
more screws with smaller spacings a1 = 5.3·d and
a2 = 5.0·d failed in block shear. Anyway, the spacing of
series N were too small to exclude block shear failure
mode.
Regarding series K and J only the specimen height and
thus the ratio lef / HSP changed. The higher bending
stiffness of series K and the position of the screws only
in tension zone lead to a lower resistance level compared
with specimen of series J and lef / HSP = 82.1 %.
Additionally, a first failure was observed within series K.
Series O without the lateral reinforcement showed
splitting between the two outer screw rows and tension
perpendicular to grain failure. However, the leading
failure mode was block shear. The better relative
distribution of forces over entire beam width did not
avoid block shear failure mode.
At least, comparing series J with a1 = 5.3·d and
a2 = 5.0·d and series I with a1 = 7.9·d and a2 = 3.3·d,
both with the same block shear volume, no relevant
difference in failure mode nor load level was observed.
5.5.2 Comparing test and model results
The model parameters are mean values and primarily
analysed for test configuration C1.
The model outcomes clearly underestimate the average
test results of configuration C1 by a roughly constant
amount. The block shear model prognoses for the ST
series at first a failure of the tension perpendicular to
grain plane At. For a1 ≥ 7.5·d slightly higher maximum
loads Pmax are possible with the rolling shear planes As,r
as next and ultimate fracture plane. In GLT series no
load-redistribution is possible and the first fracture of
rolling shear planes As,r gives the maximum load Pmax.
The initial model parameters for test configuration C2
are chosen analogue to test configuration C1. Model
results strike mean test loads of series O, J and I.
However, the simplified approach of a constant shear
strain distribution at lateral fracture planes, Cs and Cr,
has to be seen critically.
Differences in resistance of series K, with ratio of thread
length to specimen height lef / HSP = 52.8 %, and
series O, J and I, with same block shear volume but
lef / HSP = 82.1 %, are seen in the reduced shear
resistance interacting with tension in bending-tension
zone of series K. This interaction with bending stresses
is currently not taken into account by the block shear
model; it is envisaged to implement this aspect later.
Series N features fewer screws but at larger spacing than
series K to I. Consequently, the estimated resistance
according to the block shear model is higher. The tests
showed different failures, primary failures others than in
block shear. As the block shear model is not able to

predict resistances other than block shear the estimated
resistance is too high.
The initial parameters for test configuration C2 are not
analysed yet in the way as for test configuration C1. This
is one part of further investigations.

6 SUMMARY AND CONCLUSIONS
The block shear failure mode caused by screw groups is
different to block or plug shear failure mode frequently
discussed for laterally loaded fasteners. Mainly axially
loading and load direction perpendicular or with an angle
to grain is given.
Two different test configurations with axially loaded
groups of screws and thread-fibre angle of 90° in ST and
GLT were investigated. The first configuration, C1,
tested a group with circumferential supporting conditions
and by using relatively rigid specimen. In the second
configuration, C2, single span girders with a tension load
in the middle were tested. Test series with predominant
block shear failure mode, as shear and tension
perpendicular to grain failure of the timber volume
circumferenced by the screws, were discussed. The
arrangement of the screws, especially the threat length lef
and the spacing a1 and a2 in and perpendicular to grain,
significantly influence the possible failure modes and
resistance.
The block shear failure mode was observed even at
spacing which are allowed in ETAs, i.e. a1 ·a2 ≥ 25·d².
The given minimum spacing in ETAs result from
screwing-in tests and evaluation of cracking. Optimizing
the tip, head and thread geometry of the self-tapping
screws lead to smaller spacing than requested in
standards and agree with required realisation of compact
connections with tight arrangement. In case of group
configurations prone to fail in block shear an increase of
the number of screws by smaller spacings does not
increase automatically the group resistance. Less
fasteners, however, means less assembly work and less
material.
The supposed model to estimate the resistance in case of
block shear failure mode can finally assist engineers and
designers to decide on number and arrangement of
screws. A model for an axially loaded group of screws
with a 90° thread-fibre angle is presented and confronted
with the results of the experimental tests. The model
foresees load sharing and load redistribution between
potential fracture planes surrounding the group with
linear elastic material behaviour.
Initial model parameters are discussed and chosen for the
test configuration C1. Mean values of experimental tests
are slightly underestimated. Increasing resistance with
increasing spacing a1 can be described. For the second
test configuration with the single span girder the
influence of bending stresses and ratio of thread length
to beam height has to be analysed further.
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LONG-TERM BEHAVIOUR OF TIMBER CONNECTIONS WITH SELFTAPPING SCREWS IN OUTDOOR CLIMATE
Christoph Koj1, Martin Trautz2
ABSTRACT: The Chair of Structures and Structural Design of the RWTH Aachen University, in cooperation with the
Institute of Building Materials Research Aachen (ibac) and SPAX® International, has developed timber connections
using self-tapping screws as reinforcing and joining elements. The focus was put on rigid frame corners that achieved
high load-bearing capacities for both negative and positive bending moments. Due to the high utilisation rate of the selftapping screws the long-term load-bearing behaviour was examined in natural outdoor climate of service class 2. The
measured creep factors significantly exceeded the values for timber structures given in EC 5 and gave rise to more
detailed examination of the creep behaviour.
KEYWORDS: timber connection, self-tapping screws, rigid frame corners, creep, duration of load, long-term loads

1 INTRODUCTION 123
Since 2006 the Chair of Structures and Structural Design
of the RWTH Aachen University, in cooperation with
the Institute of Building Materials Research Aachen
(ibac) and SPAX® International, has been developing
reinforcements and joints for timber structures using
continuously threaded self-tapping screws (STS) as highperformance connectors [1], [2].
These screws provide an excellent bond to the wood and
a high strength at small diameters and therefore are
preferably employed as axially loaded elements. As the
thead provides a continuous bond to the wood, the
screws can be used as reinforcements comparable to
steel reinforcements in concrete design. For the layout of
reinforcements and joints, force paths derived from strutand-tie models can be used. One focus of the research
was the effect of self-tapping screws that were installed
in different truss-like arrangements inside glulam beams
as shows in Figure 1 on the shear stiffness of the beams.
Especially the nested truss system where the screws were
employed both as tension and compression diagonals
proved to be an efficient shear reinforcement.
As shear is only the relevant strain in a very little share
of engineered timber structures the next step of
development was to supplement the truss system with
45° tension diagonals with an external steel lamella to
increase the bending stiffness and the moment bearing
capacity (see Figure 2).
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Figure 1: Screw setups for shear stiffening test

Figure 2: Reinforcements of glulam beams with internal screw
truss and external steel lamella: bending test
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This type of combined reinforcement was capable of
raising the bending stiffness by up to 50 % and the
ultimate bending moment by up to 80 % of the values of
non-reinforced reference beams. It had a plastic loadbearing behaviour, both in the steel lamellas and the
compression zone of the glulam section. Exemplary
load-deformation-curves are show in Figure 3. This
system of reinforcements is very flexible can be adopted
to the demands of the individual strengthening task by
changing the dimensions and steel grade of the lamellas
and the distance and diameter of the reinforcement
screws. The system is suitable for rehabilitation and
upgrading of existing structures as well as to design
long-span and slender elements in engineered timber
construction.

Figure 4: Strut-and-tie-models for the layout of the screw
configuration for rigid frame corners
Table 1: Characteristic failure moments from the test of
different configurations of rigid frame corners for positive and
negative bending moment compared with calculated ultimate
bending moment of the mere glulam section (5%-percentile)

Type
Figure 3: Reinforcements of glulam beams with internal screw
truss and external steel lamella: load-deformation-curves for
different sized lamellas in comparison to unreinforced beams

Besides the reinforcements different types of joints using
long self-tapping screws have been examined. For a onesided fish-plate joint a conventional dowel connection
was compared to a connection with inclined screws. The
screwed joint was stiffer and had a higher ultimate load
than the conventional joint.

2 SHORT-TERM TEST WITH RIGID
FRAME CORNERS
The focus in the development of joints was put on rigid
frame corners both for negative and positive bending
moments. The layout of the joints was based on simple
strut-and-tie-models as shown in Figure 4.
In two subsequent projects different screw
configurations were developed, improved and tested
under short-term loading. For negative bending moment,
the bending capacity of the rigid frame corners could be
increased from 62 % of the characteristic bending
capacity of a straight beam with the same cross-section
in the first project, up to 87 % in the second project. For
positive bending moment the increase was from 31 % in
the first project up to 70 % in the second project. The
aquivalent characteristic bending moments are listed in
Table 1.

Positive moment
Mu,pos,0.05 [kN]
Negative moment
mu,neg,0.05 [kN]

Type 1

Type 2

Glulam
section

20.71

46.65

67.10

44.59

63.18

72.35

Especially for negative bending moment and the
improved type 2 screw configuration, the grade of
utilisation of the glulam section and the bond of the selftapping screws was very high. In the tests it was
observed though, that the short-term pull-out resistance
of the self-tapping screws significantly exceeded the
characteristic values calculated according to the general
technical approval of the screws. Thus the observed
failure mode of 75 % of the specimen was a flexural
tension rupture of the glulam section instead of the
expected pull-out failure of the screws (see Figure 5).
Due to the high degree of capacity utilisation of both,
screws and glulam members, under long-term loading
and climatic exposure a significant effect of creep and
fatigue can be expected and have to be considered in the
layout and dimensioning of the corner joints.
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border of linearity the creep deformation will converge
to a limit value at infinite time.

Figure 6: Creep-curves depending on the stress level, from [5]

Figure 5: Failure of the glulam section by flexural tension
rupture in type 2 frame corners with negative bending moment

Changing moisture levels and loads cause the effect of
mechano-sorptive creep that is depicted in Figure 7. It
can be observed that a reduction of moisture content
reduces the deformation while an increase of moisture
also results in an increase of deformation (exception is
the first decrease of moisture that increases the
deformations). In loaded state moisture changes will
overall increase the creep deformation compared to
constant climate, while in unloaded state they will
decrease the deformations.

3 CREEP AND DURATION-OF-LOAD
EFFECTS IN TIMBER STRUCTURES
AND FASTENERS
Long-term loads and climatic exposure cause two timedependant effects in wooden structures: duration-of-load
effect (DOL) and creep. A review of state of knowledge
for creep and DOL effects of timber structures is given
in [4] and [5].
The duration-of-load-effect reduces the ultimate strength
of timber elements and fasteners depending on the
duration of the imposed load. For a constant load and
constant climate it can be determined with the so-called
‘Madison-Curve’ that depicts load level versus time to
failure. For changing loads a number of damage
accumulation models have been developed to estimate
the allowable stress level for the estimated life-time of
the structure. The DOL-effect is incorporated in EC 5
with the modification factor kmod that is determined
depending on the service class and the material of the
structure. For mechanical connectors the modification
factor of the wood material is adopted.
The creep of wood influences the deformations of
structures and thus the serviceability. For elements prone
to buckling the creep deformation can also reduce the
load-bearing capacity. The creep behaviour is depending
on the stress level of the element as can be seen from
Figure 6. For stress levels beyond the border of linearity,
creep deformations will increase more or less
progressively until the failure of the structure. Below the

Figure 7: Visco-elastic and mechano-sorptive creep effects,
from [6]

For mechanical fasteners there have been examinations
of the creep effect [7], but at the time long self-tapping
screws have not been available for structural applications
yet. Thus there are virtually no systematic investigations
of the creep and DOL behaviour of these screws.
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4 LONG-TERM LOADING OF SCREWJOINED RIGID FRAME CORNERS
The long-term tests were done in sheltered natural
outdoor climate (service class 2) with three-hinged
centrally loaded frames (see Figure 8 and Figure 10).
The joint configurations were taken from the two
previous projects to compare the long- and short-term
behaviour. The corners are designed as mitre joints, with
tension screws on the outer side and screws or threaded
rods as compression reinforcements on the inner side.
Additional reinforcements were positioned parallel to the
joint gap.

Figure 8: Layout of the test setup for long-term loading: threehinged frame loaded in the centre with spring mechanism

Figure 10: Loaded frames in test facility under natural service
class 2 conditions

The number of tension screws was 8 in configuration
type 1 and 16 in configuration type 2. Type 1 was
subdivided into two loading schemes (variable and
constant) and had additional truss-like and traversal
reinforcements, as given in Table 2.
For the determination of the long-term loads the loadbearing capacity of each screw configuration was done
using an approach that takes into account an elastoplastic load-deformation-behaviour of the axially loaded
screws. The applied constant loads were based on the
calculated characteristic load bearing capacity of the
joints multiplied with the modification factor kmod = 0.7
for the load duration class (LDC) “long”. In the variable
load scheme, the loads were temporarily raised to a level
of the LDC “medium” and “short”. The resulting load
factors range between 40 % and 55 %. These values are
significantly higher than the average load factor under
normal service conditions.
Table 2: Configurations of the tested frame corners

Figure 9: Application of the permanent load with hydraulic
cylinder and mobile load cell

Type
truss & traversal
reinforcements
Load scheme
Load factor
Flong/Fshort

1a
yes

1b
no

1c
no

2
yes

vari
0.400.51

vari
0.400.51

const
0.40

const
0.55
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Figure 11: Creep deformations in the centre hinge of the
frames (mean values of 4 specimen)

In Figure 11 the creep deformation over the two years of
the test duration is displayed. The type 2 specimen with
a higher load factor reached about double the
deformation of the specimen of type 1. Comparing
type 1b and type 1c, the temporary increase of the load
of type 1b also results in a higher creep deformation.
Type 1a showed the smallest creep deformation,
although the temporary load increase had been applied;
most probable an effect of the additional truss-like and
traversal reinforcement screws. After the two year
loading, the measured creep coefficient ϕ of about 2.9
for type 1 and 3.5 for type 2 are significantly higher than
the final creep coefficient (1+kdef) of 1.8 for glulam in
service class 2 according to EC 5. This results from the
high load factors applied in the tests. The numbers are
more than two times higher than the load factors under
permanent and quasi-permanent loads in service state
condition.

5 RESIDUAL LOAD-BEARING
CAPACITY OF THE FRAME
CORNERS
After two years, the frames were disassembled and the
load bearing capacity was determined for each corner
joint in short term tests. The test specimens were
positioned in the testing machine like an upside down
“L” as can be seen from Figure 12. The specimens were
fixed at two points of the vertical leg and the load was
applied on the end of the horizontal leg. The
deformations at loading point and the ends of the mitre
joint were recorded.
In Table 3 the mean failure loads of the four
configurations are compared before and after long-term
loading.

Figure 12: Test setup for determination of the residual loadbearing capacity of the rigid frame corners
Table 3: Mean failure loads of the different configurations of
rigid frame corners before and after long-term loading

Type
Short-term failure
load Fu,short [kN]
Long-term failure
load Fu,long [kN]
Load relation
Fu,long/Fu,short [%]

1a

1b

1c

2

42,73

42,73

42,73

64,08

42,68

39,30

39,70

52,88

~100

92,0

92,9

82,5

For all type 1 specimen, the failure mode was a tensile
rupture of the outer tension screws, both with and
without long-term loading. The reduction of load bearing
capacity of up to 8 % probably results from a reduction
of the lever arm of the internal forces of the joint. The
configuration type 2 with a higher load factor
accumulated more damage to the screw-wood-bond
resulting in a decrease of the mean failure load of 17.5 %
and a change of the failure mode from tensile rupture of
the screws to pull-out failure. The second reason for the
reduced failure load was the reduction of the lever arm
of the internal forces in the joint that was induced by a
creep deformation of the compressed inner corner. The
different failure modes are depicted in Figure 13.
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Contrary to the long-term loading of the rigid frame
corners it was decided to apply the permanent loads as
dead weights with help of a lever mechanism. This
avoids the repeated control and adjustment of the load
that was necessary in the spring system of the previous
test setup.

Figure 13: Failure modes of the corner joints in residual loadbearing capacity tests: tensile rupture of the screws in type 1
specimen (left) and bond failure in type 2 specimen (right)

6 LONG-TERM PULL-OUT LOADING
OF SELF-TAPPING SREWS
Due to the complex screw geometry in the corner joint,
the deduction of the long-term behaviour of a single
screw was not possible. Therefore, an additional series of
tests have been set up to examine the creep and DOL
behaviour of single screws.
The aim was to study the effects of different angles (0°,
30° and 90°) between screw axis and wood fibre
direction and different load levels (40 % and 60 % of the
short-term pull-out resistance) on the long-term pull-out
behaviour. The mean pull-out values of the screws were
taken from an research project that examined the bond
behaviour of long self-tapping continuously threaded
screws [8].
The screws have a nominal diameter of 8 mm and an
effective bonding length of 120 mm.

Figure 14: Installation of the test setup for long-term pull-out
loading of self-tapping screws: dead load and lever system

Figure 15: Test setup for long-term pull-out loading of selftapping screws: loaded test series with four specimens each

Each series contains four specimens. The deformations
are measured on the loaded side of the specimens as well
as on the rear side with mechanical dial indicators as can
be seen in Figure 16.
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Figure 16: Measuring setup for monitoring of creep
deformations

So far the creep deformations have reached level were
only moderate increase takes place. Especially the type
with traverse reinforcement screws shows very little
deformation of the screws.

7 CONCLUSIONS AND OUTLOOK
Rigid frame corners joined with self-tapping screws
enable a high degree of capacity utilisation of the
connected glulam section. Thus, under long-term loads
in service class 2, the creep coefficient of the joint
exceeded the values specified for glulam in the European
Standard. Similar observations have already been made
for conventional fasteners such as nails or bolts. The
ongoing long-term test will determine more detailed
parameters for creep and residual loads of axially loaded
self-tapping screws in natural outdoor climate,
considering different load factors and wood fibre
directions.

WCTE 2016 e-book | 347

REFERENCES

[1] Trautz M., Koj C.: „Mit Schrauben Bewehren“,
Bautechnik 85(3): 190-196, 2008.
[2] Trautz M., Koj C.: Mit Schrauben Bewehren – Neue
Ergebnisse, Bautechnik 86(4): 228-238, 2009.
[3] Koj C., Trautz M.: Mit Schrauben fügen und
bewehren – Langzeitversuche an biegesteifen
Rahmenecken im Außenklima, Bautechnik 91(1):
38-45, 2014.
[4] Morlier P., editor: Creep in Timber Structures.
RILEM Report 8, Taylor & Francis, New York,
1994.
[5] Moorkamp W.: Zum Kriechverhalten hölzerner
Biegeträger und Druckstäbe im Wechselklima.
Fortschritt-Berichte VDI Reihe 4 Nr. 185, VDI
Verlag, Düsseldorf, 2002.
[6] Grimsel M.: Mechanisches Verhalten von Holz.
Strukturund
Parameteridentifikation
eines
anisotropen Werkstoffs. Dissertation, TU Dresden,
Dresden, 1999.
[7] Reyer, E.; Bretländer, T.: Deformationsverhalten
mechanischer Holzverbindungen unter Langzeitbelastung mit unterschiedlichen Holzausgangsfeuchten. Schriftenreihe des Lehrstuhls für Baukonstruktionen, Ingenieurholzbau und Bauphysik
der Ruhr-Universität Bochum, Heft 12, Fraunhofer
IRB Verlag, Stuttgart, 1996.
[8] Ayoubi M., Trautz M.: Ausziehverhalten von
Vollgewindeschrauben. Forschungsbericht 02/2012
des Lehrstuhls für Tragkonstruktionen der RWTH
Aachen, Aachen, 2013.

WCTE 2016 e-book | 348

WCTE 2016

World Conference on
Timber Engineering

August 22-25, 2016 | Vienna, Austria

INTERDISCIPLINARY APPROACHES TO DEVELOPING WOOD
MODIFICATION PROCESSES FOR SUSTAINABLE BUILDING AND
BEYOND – INNORENEW COE
Michael David Burnard1, Matthew John Schwarzkopf2, Andreja Kutnar3
ABSTRACT: This publication provides a discussion on interdisciplinary research needs in wood modification and
presents the research, development, and innovation plan of a new centre of excellence, “Renewable Materials and Healthy
Environments Research and Innovation Centre of Excellence (InnoRenew CoE)”, under development in Slovenia that
will focus on restorative environmental and ergonomic design and wood modification.
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1 INTRODUCTION

123

Wood modification is a critical area of research for the
forest and construction sector as its purpose is to improve
the resource efficiency and functionality of renewable
resources for a variety of applications. Wood modification
can ensure and improve performance, meet and exceed
building and product sustainability requirements, and is a
significant value-added process for the forest sector.
Wood modification treatments include chemical, thermal,
impregnation, and polymerization. These modification
processes are at various stages of development, and there
are many challenges that must be overcome to scale them
up for industrial applications. Given that any additional
processing will have associated environmental burdens,
the environmental impacts of modification processes need
to be balanced against benefits such as: service life
extension, functionalisation, reduced maintenance,
suitability for upcycling, reuse, material cascading, and
final disposal with recovery of the intrinsic solar energy
stored in the material. While fundamental research into
wood modification processes and modified wood
properties remains necessary, modification processes
must target specific property changes to meet the demands
of market ready products. This requires an
interdisciplinary approach and innovation in the wood
modification field.
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In this paper wood modification is discussed while
emphasizing further research needs that will be pursued at
the new centre of excellence, “Renewable Materials and
Healthy Environments Research and Innovation Centre of
Excellence (InnoRenew CoE)”.

2 WOOD MODIFICATION
Sandberg [1], delivers a systematic overview of wood
modification treatments in a book covering present and
future developments in wood additives. The resulting
modified wood products range from impregnated wood
with improved resistance against biological attack to
improved fire performance. Acetylated wood, resulting
from esterification of accessible hydroxyl groups in the
cell wall, has been widely use on the market. Another
commercialized wood modification process is
furfurylation which involves impregnation of wood with
furfuryl alcohol under pressure. The alcohol is then
polymerized and reacted within the cell wall at elevated
temperatures.
Thermal treatment processes have undergone
considerable developments in recent decades. CEN [2]
defines defines thermally modified timber as wood in
which the composition of the cell wall material and its
physical properties have been modified by exposure to a
temperature higher than 160°C under conditions of low
oxygen availability. Thermal treatment is wood
3
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modification in a strict sense, because the material
undergoes chemical changes. The process essentially
involves a controlled degradation of the wood primarily
resulting in the destruction of hemicelluloses. The thermal
treatment process is in most cases performed in a vacuum
or with an inert gas such as nitrogen. Preheated oil can
also be used, in which case, the oil acts as a heat-transfer
medium and also excludes oxygen from the wood. The
underlying motivation for applying thermal treatments is
the increasing demand for environmentally friendly highdurability wood. This process achieves this by increasing
the service life of wood materials without the use of toxic
chemicals. Kutnar et al. [3] provides an overview of recent
developments of thermo-hydro-mechanical treated wood
ranging from surface densification, compressed wood,
and shaped wood.
Thermo-hydro-mechanical processing is implemented to
improve the intrinsic properties of wood, to produce new
materials and to acquire a form and functionality desired
by engineers without changing the eco-friendly
characteristics of the material. These processes can be
divided into two major categories; Thermo-Hydro
treatments (TH) and Thermo-Hydro-Mechanical (THM)
treatments. There are some differences between TH and
THM treatments concerning what can be achieved during
the process (Table 1). Some TH/THM processes include
other materials such as adhesives or thermoplastics, but
the shaping of the wood takes place by TH/THM action.
Examples of such products are laminated veneer products,
wood plastic composites (WPC), and various board
materials. The main purpose of the adhesives or
thermoplastics is to increase the bonding strength between
the wood components and to prevent spring-back.
In Figure 1 a cross section of hybrid poplar that was
densified with a THM process at 160°C under saturated
steam environment is shown. The THM treatment causes
deformations, which are largely the result of the viscous
buckling of cell walls without any fracture taking place.
The strength and stiffness of the wood material are
therefore increased approximately in proportion to the
increase in density [4]. The density profile of the THM
wood varies with the degree of densification [5]. Different
density profiles are the consequence of temperature and
moisture gradients, and their relationship to the glass
transition of the wood cell wall at the time the
compression stress is applied. A density distribution is
also visible on the cross-section of THM specimens.
Lower and higher density layers can be distinguished by
the different quantities of void areas across the thickness.

Table 1: Results from the TH and THM processes [3].
TH processes

THM processes

Dissipate internal stresses

Shaping wood
•
•

Dry and soften the wood

Joining the wood
•
•

Improve wood properties
•
•

Shape/dimensional
stability
Durability
(biological)

Change properties
•

Colour

Moulding
Bending
Self-bonding
veneer
Wood
welding

Improve wood
properties
•
•
•

Strength
Hardness
Abrasion
resistance

Change properties
•

Colour

Figure 1: Cross section of hybrid poplar densified with THM
treatment at 160°C under a saturated steam environment.

Surface densification can be especially advantageous in
applications where it is desirable to maintain the low bulk
density of wood, yet improve the surface properties [6].
In surface densification only the first few millimetres
beneath the surface of the wood are compressed. In
surface densification, a modified density profile is
developed in the compressed wood. The density profile
depends on factors such as the initial moisture content of
the wood, fibre orientation, wood species, press
temperature, and the press closing and holding time [7].
In Figure 2, a cross section of pine wood that was surface
densified at 150°C is shown.
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Figure 2: Cross section of surface densified pine wood.

TH and THM processes have been used for many years
[8]. Familiarity with these processes, however, should not
detract from the fact that they are very complex and
demand a high degree of knowledge. Researchers from a
variety of disciplines have currently been working to
increase the knowledge of mechano-chemical
transformations,
optimize
TH/THM
processing
parameters, and achieve better material properties of
modified wood products. However, further research
delivering better understanding of mechanisms taking
place during the treatment is needed. Only with a focused
research agenda will success be found in industrial scale
up, process improvement, understanding material
property enhancement in existing products, and the
development of new products.
Sandberg and Kutnar [8] delivered state of the art
developments in thermally modified timber and discussed
the role of thermal wood processing as it relates to
resource utilization and sustainability. They found that
more research is needed in the field of thermally modified
timber if it is to substantially contribute to the low-carbon
economy.
To optimize wood modification processing and minimize
environmental impacts, much more information must be
gathered about all process-related factors affecting the
environment (volatile organic compounds, energy use,
end-of-life use, etc.). The review of Sandberg and Kutnar
[8] clearly shows that such data are missing or at least are
not documented in a systematic and transparent way.
They concluded that research in the future should
investigate and characterize the relationships among
thermal modification processing, product properties, and
the associated environmental impacts. This will require
analysis of the entire value chain from the forest, through
processing, installation, in-service use, end of life, second
and third life (cascading), and ultimately incineration with
energy recovery.
The standard Life Cycle Assessment (LCA) methodology
is defined in ISO 14040 (ISO 1997) and ISO 14044 (ISO
2006). Since the 1980s, when LCA analysis was first
developed, numerous methodologies to classify,
characterize, and normalize environmental effects have
been developed. The most common are focused on the
following environmental impact indicators: acidification,
eutrophication, ozone layer thinning, various types of
ecotoxicity, air contaminants, resource usage and greenhouse gas emissions.

For a product, the life cycle starts with procuring the raw
material, primary processing, secondary processing or
manufacturing, packaging, shipping and handling,
installation, in-use energy consumption, maintenance, and
end-of-life strategies. LCA is performed for various
stages of a products life. For example, cradle-to-gate
refers to life cycle assessment from raw material stage to
the point it is shipped from the manufacturer. Similarly,
cradle-to-grave involves LCA of all stages of the product
or the material, starting from raw material procurement to
end-of-life strategies. For wood products, the life cycle
generally starts with extraction of raw resources from the
natural environment or recovery of materials from a
previous use. The raw resources are then manufactured
into useable products. The finished products are shipped
to a site, consuming energy in the process. During the
service life of the product, it may consume energy based
on its use (e.g., energy used to maintain the product). Over
time, renovations or retrofitting may be performed on the
products, which may require additional materials and
energy. Finally, the product is removed/demolished and
its materials disposed of either as construction waste or
recycled for reuse. Each of these steps consumes energy
and materials and produces waste. The purpose of LCA is
to quantify how a product or system affects the
environment during each phase of its life. Examples of
parameters that may be quantified include: energy
consumption, resource use, greenhouse gas production,
solid waste generation, and pollution generation. Another
option is to perform LCA from cradle-to-cradle, which
means that the analysis includes efficient product reuse,
recycling and end-of-life scenarios.
Studies related to wood modification and LCA in the field
of wood research have become more frequent over the last
decades. Search results from the Scopus database of peerreviewed scientific literature using keywords “wood
modification”, “wood”, and “LCA” reveal a growing
trend of publication quantities. In 1990 there were 17
articles published that were found with the keyword
“wood modification”, while in 2015 this number
increased to 223. On the other hand, publications related
to LCA and wood are still in the developing phase. The
the first peer-reviewed article dates to 1992 (in the
selected timeframe of the search). Until 2008, a slow
increase in number of publications can be seen, while after
2008 a sharp increase in number of publications with
keywords “LCA” and “wood” began. Increased
involvement of LCA in scientific studies has been a result
of requirements and guidelines for life cycle assessments
becoming standardised in 2006 (ISO, 2016).
2.1 COST Action FP1407
The COST Action FP1407 “Understanding wood
modification through an integrated scientific and
environmental impact approach” was started in March
2015 and will continue through April 2019. This Action
is characterizing the relationship between modification
processing, product properties, and the associated
environmental impacts. This includes the development
and optimization of wood modification processing,
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quantifying the impacts of emerging treatment
technologies, and identifying alternative materials to
maximize sustainability and minimize environmental
impacts. By focusing European-wide knowledge of these
subjects, the Action provides the critical mass needed to
achieve developments in wood modification processing,
the integrated assessment of processing parameters,
development of improved product properties, and
environmental impacts.
The Action has members from 96 institutions (R&D and
industry) coming from 24 European countries, 3 COST
Near Neighbour Countries (Ukraine, Albania, and
Tunisia), and 5 COST international partner countries
(USA, Canada, New Zealand, South Africa, and Chile).
The specific objective of this Action is to advance
research in the field of wood modification to allow
significant contributions to the goals of European and
global resource efficiency and a low carbon economy.
This is being achieved by implementing excellent
research in the area of wood modification, properties of
modified wood, and environmental impacts. The
interactive assessment of process parameters, product
properties, and environmental impacts performed in this
Action brings together the current knowledge, expertise,
and infrastructure to achieve the Action’s objective.
The goals of sustainable development to increase
economic efficiency, protect and restore ecological
systems, and improve human well-being are expected to
lead to new concepts, products, and processes optimizing
the multiple utilization/recycling of forest-based
resources. Life cycle analysis, industrial ecology, and
cradle-to-cradle concepts are being developed as tools to
be used in economic development, leading to new
business opportunities involving innovative products with
optimized physical properties and environmental impact
properties. It must be emphasized that this work is also
extended to unmodified timber products, since baseline
comparisons have to be made. This greatly extends the
range and impact of the Action beyond wood modification
industries alone.
The Action FP1407 has four Working Groups (WG) that
address the key areas of the Action:
Working group 1 - Wood Modification & Product
Category Rules: Development of product category rules
for modified wood based on the scientific and industrial
state-of-the-art of commercialized and developing
modified wood products and technologies.
Working group 2 - Environmental Impact Assessment &
Life Cycle Assessments: Objective environmental impact
assessments of commercial modification processes and
incorporation of environmental impact assessments into
wood modification processing and product development,
including recycling and upgrading at the end of service
life.
Working group 3 - Environmental Products Declarations:
Development of environmental product declarations of
modified wood and harmonization of various national
EPDs in the field of wood modification.

Working group 4 - Communication & Knowledge
Transfer: Dissemination, evaluation, and exploitation of
the Action’s results together with establishing a strong
network with the relevant industrial stakeholders.
Networking activities within COST Action FP1407
include scientific and administrative meetings, short-term
scientific missions and organization of training schools
and workshops. These activities help achieve the goals
and objectives of the Action FP1407 by:
Making connections, facilitating collaboration
and building enduring, mutually beneficial inter and intra
disciplinary
relationships
between
individuals,
institutions and companies;
Creating
transnational,
innovative,
and
interdisciplinary excellence to enhance the research and
innovation performance of the sector;
Facilitating collaboration between industry,
SMEs, stakeholder associations, research organizations,
leading-edge scientists from a wider range of disciplines
covering wood materials, chemistry, construction,
biology, polymer science, environments, and other
relevant fields who bring their broad expertise to this
Action;
Collaborative
scientific
excellence,
interdisciplinary research, and development leading to
innovative and higher-value uses of renewable materials
for technical applications;
Training and development for professionals as
well as under- and post-graduate students in COST
countries, where special emphasis is given to exchange
knowledge, especially between COST countries that
traditionally have high levels of participation to those who
do not, like COST Inclusiveness countries and COST
Near Neighboring countries.
These activities of COST Action FP1407 are enabled
through Working Group meetings, Short Term Scientific
Missions (STSMs), Interaction with and visits to
innovative companies, Training Schools for Early Stage
Researchers, International seminars, and Workshops. For
example, in the first year of the Action FP1407 there were
13 STSMs dealing with wood modification, Life Cycle
Assessment (LCA) of wood products, environmental
products declarations, etc. Another example is the training
school in LCA studies, which was held in Finland. Fifteen
Early Career Investigators gained knowledge on how to
perform LCA studies and most of them performed their
first LCA calculations.

3 INNORENEW COE
The University of Primorska is coordinating a nine partner
consortium dedicated to developing the new Renewable
Materials and Healthy Environments Research and
Innovation Centre of Excellence (InnoRenew CoE) using
the Horizon 2020 Teaming grant instrument. The
instrument supports and encourages the increase in
innovation excellence throughout Europe, especially in
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member states categorized as underperforming in
innovation. This is achieved by an underperforming
country partnering with a leader in innovation, called an
advanced partner. This partner serves as a mentor for the
centre’s development, and provides best practices and
knowledge gained in the development of their
organisation. The InnoRenew CoE advanced partner is
the Fraunhofer Institute for Wood Research – WilhelmKlauditz-Institut (WKI) located in Braunschweig,
Germany. The other consortium partners are all
institutions from Slovenia: the University of Maribor, the
Institute for the Protection of Cultural Heritage of
Slovenia, the Slovenian National Building and Civil
Engineering Institute, the Pulp and Paper Institute,
EuroCloud Slovenia, the National Institute of Public
Health, and the Regional Development Agency of the
Ljubljana Urban Region. By design, this partnership
brings together expertise from a wide variety of
disciplines including health, information technology and
computing,
engineering,
construction,
urban
development, cultural heritage, renewable material use
and management, material science, and sustainability.
The key distinguishing technologies and activities of the
InnoRenew CoE are the development of new wood
modification treatments and optimization of existing
treatments to create new, efficient materials and products
for applications in buildings and products designed within
the restorative environmental and ergonomic (REED)
paradigm. The modification portion of this is focused on
TH and THM treated wood. To move this area of research
forward the CoE must deliver a better understanding of
TH and THM processes. These specific modification
methods were chosen because they have not received the
directed institutional focus necessary to explore their
scientific promise and overcome the challenges being
faced in scaling-up exiting research findings elsewhere.
The CoE must improve existing processes and enhance
the understanding of modified wood properties, material
properties, and new products.
Figure 3 illustrates how the CoE’s research, development,
and innovation plan relies on deeply interdependent
research into sustainable building, renewable materials,
ICT, and business support which are focused through the
core research themes (Health, Design and Cultural
Heritage, and Policy) to produce new, advanced
knowledge related to REED and modified wood. Topical
research activity groups like buildings and materials are
placed on the left side of the illustration and their relative
relationship with the InnoRenew COE’s core research
themes is indicated by the weight of their connecting arm.
The health, design and cultural heritage, and policy core
research themes are further focused through the lens of the
REED paradigm and modified wood technologies.

Buildings
Health

REED
Materials

Design and
Cultural Heritage

ICT

Policy

Modified
Wood

Business Support

Figure 3: Depiction of the interdependence between the main
research areas of the CoE and how they will contribute to the
overall development of the CoE.

3.1 InnoRenew Living Lab
In order to develop a transparent, well-supported, and
effective centre, the consortium has established a living
laboratory, the Innovative Renewable Material Uses
Living Laboratory (LL InnoRenew).
A living lab is an ecosystem for experimentation and cocreation with real users in real life environments. End
users together with researchers, industrial firms, and
public institutions jointly explore, design, and validate
new and innovative products, services, solutions, and
business models with the support and usage of ICT. It is a
user-centered, open-innovation ecosystem often operating
in a territorial context (e.g. city, region), integrating
current research and systemic innovation processes within
a public-private-people partnership.
The objective of the LL InnoRenew is to create an
environment to discuss the InnoRenew CoE project,
develop creative and innovative new ideas, provide
critical feedback, and ensure stakeholder involvement in
the development of the business plan of the new CoE. The
LL InnoRenew incorporates a wide range of fields related
to renewable materials (e.g. wood, hemp, grasses)
including: construction, biology, chemistry, polymers,
social
sciences,
cultural
heritage,
computing,
mathematics, psychology, kinesiology, modelling,
simulation, design, logistics, deployment, riskassessment, decision making, and management.
Consortium partners of the InnoRenew CoE project are all
members of the LL InnoRenew as well as 57 stakeholders
from 16 countries. The LL InnoRenew has already met to
participate in lively and engaging workshops focusing on
understanding and innovation in the wood products
sector.
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4 RESTORATIVE ENVIRONMENTAL
AND ERGONOMIC DESIGN (REED)

•

REED is a building design paradigm expanded from
restorative environmental design (RED) and regenerative
design to include aspects of ergonomics and kinesiology,
as well as scientific support framework. The relationship
between nature and the built environment are critically
important to both RED and regenerative design (and, by
extension, REED) [9,10,11]. Integrating nature into the
built environment, through views of nature, by using
natural materials (especially local materials), and by
reflecting local ecology in building design and use, is
thought to improve building user’s perception of the
natural environment and therefore motivate them to care
for it (Figure 4) [10,11]. It is hoped that the long term
effect of this exposure to nature, will be reduced
environmental harm and eventually environmental
regeneration [10,11]. Other research on integrating nature
into the built environment has demonstrated positive
human health impacts of building occupants, especially in
terms of reduced stress, and improved recovery from it
[9]. REED augments these concepts with integrated
frameworks for improving occupant and user health,
increased safety, and improved building management.
This represents a shift in building design (and
neighbourhood/community design) from minimising
environmental harm towards creating positive impacts for
the natural environment, building users, and society in
general.

•

To achieve these goals an array of disciplines must come
together to participate in a wide variety of research,
development, and innovation activities as methods for
creating the desired effects are not well understood. For
example, design concepts such as biophilic design
encourage bringing life, and life-like processes in to the
built environment, but offer little scientific evidence to
support the effect or identify the cause of any perceived
effects [12]. However, studies into the restorative effects
of nature have clearly identified significant increases in
the ones’ ability to recover from stress more effectively in
natural environments as opposed to urban environments
[13]. Restorative effects have also been identified in
indoor environments with wooden elements [14]. To
extend the current level of knowledge and research, the
InnoRenew CoE and its partners will investigate these key
areas of research to further develop REED:
•
•

•

•

determining the psychophysiological and
neurological mechanisms at play in restoration
triggered by natural environments and materials
determining how materials (visual recognition,
haptic response, scent, etc.) – and which of their
attributes (grain pattern, colour, texture, etc.) –
trigger restorative effects
functionalising
renewable
materials
for
enhanced effects such as heat and energy storage
(e.g., developing phase change materials from
renewable sources), air cleaning, etc.
identifying and testing methodologies for
including ergonomic interventions in buildings

•

•

designing buildings for deconstruction to
maximise the quantity of reclaimable and
reusable materials
identifying and testing methodologies for
improving adaptability and safety measures in
buildings (including fire safety, reduced toxicity
in materials, accessibility, etc.)
improved integration of ICT components into the
built environment to monitor the health and
behaviour of materials, to manage environmental
controls, and improve the existing knowledge
about building behaviour in use
expanding application of REED principles from
buildings to communities of buildings and cities.

Figure 4: Sibilius Hall, Lahti, Finland. Natural, local materials,
views of nature, and structural elements designed to imitate
nature link building occupants to the natural environment.

In addition to the extensive research tasks ahead in this
area, several other challenges remain. Locality and place
are critical aspects of both the restorative and social
aspects of the REED paradigm (and others). Development
of REED must consider these aspects and produce data
and research outcomes that can be applied in many
locations. Supporting designers in creating restorative
environments by including aspects of the local ecology of
the building in its design, will enhance acceptance and
utilisation of REED. Using local materials is one way to
achieve this, but material attributes need to be exposed in
a way to elicit the greatest restorative effect.
Recent and ongoing research specific to REED being
conducted in conjunction with the InnoRenew CoE
project includes understanding and determining user
perceptions of building material naturalness [15],
perceptions of office environments related to the biobased and natural materials present, and human stress
response and recovery experiments in offices with
different types of wood furniture. The study of building
material naturalness revealed that both stone and solid
wood materials were identified as being more natural than
composite or synthetic materials. Similarly, materials that
appear more heavily processed such as particleboards,
despite being predominantly made from wood, were
considered much less natural [15]. The connection
between nature and the built environment is likely to be
increased by utilising materials considered to be more
natural such as solid wood (Figure 5), the study suggests.
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undertake an extensive outreach project to promote the
use of renewable materials in sustainable development.
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ar insulation an ls or s ial ur os insulation: E aluation and
dis r t mod lin o stru tur ro rty r lationshi s
G nth r Kain1, B rnhard Li n a h r2, Marius Catalin Bar u3, B rnhard
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ABSTRACT: Bark is a highly efficient natural tree protective layer with outstanding properties. It is a classic by-product
of the wood industries and most of the time directly burned where it accrues. The present study focuses on using bark as
a material in form of thermal insulation panels. Therefore, insulation boards out of softwood ( ari eci ua) bark were
produced using different resins as a binder. Also, the orientation of bark particles within the boards was controlled in the
experiment. The boards were analyzed for their physical-mechanical properties. Additionally the boards were scanned
with an industrial computed tomograph (CT) in order to study the structure of the boards. That knowledge of the board's
microstructure enabled the application of a numerical model for thermal conductivity based on the finite difference
method (FDM). A theoretical discussion of the heat flow processes within the boards was used to propose optimization
potentials in order to lower their thermal conductivity. An integrative discussion of physical-mechanical and structural
bark insulation board properties was conducted to define potentials for industrial application.

KEYWORDS: Softwood tree bark, bark insulation panels, CT-structure evaluation, thermal conductivity, numerical
modeling

1 INTRODUCTION 123
The bark of trees is a highly optimized system. I provides
a protective layer for a tree’s sensitive vascular cambium
protecting it against mechanical damage (e.g.,
precipitation, fraying), sharp frost, overheating, forest
fires, fungi and insect attack [1,2], and partly provides
structural support [3]. Bark names all the tissue external
to the cambium being composed of secondary phloem,
periderm and nonconductive rhytidome [4]. Bark
diversity is high between species indicating that it is part
of a trees ecological strategy [5]. Barks vary with regard
to thickness, stiffness, water content, and density. Bark
thickness variations on a global scale can be most likely
explained by adaption to fire regimes and stem size [6].
Moreover other bark functions, such as photosynthesis
[7], maintenance of water relations and storage of nonstructural carbohydrates influence bark morphology [1].
Bark is optimized to cope with the contradictory functions
to prevent loss of water via the surface of a tree, but to
also support the vital exchange of CO2 and O2 for
photosynthesis and respiration [8].
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Aiming to technically use these potentials of tree bark
suggests its use as thermal insulation material for
buildings where its properties for cambium protection
could be a valuable benefit for the climate in a barkinsulated building.
First investigations focusing on the thermal properties of
bark were conducted by Martin [9], showing that bark on
average has a 20 % lower thermal conductivity (TC) than
the respective wood, and that a targeted design of bark
insulation materials could lower a panel’s global TC
significantly. A recent work focusing on bark’s insulation
properties in forest fires revealed that it might be a
suitable resource for technical insulation materials due to
internal structuring, fire stopping behavior, low weight,
self-adaptive moisture content, bactericidal, and
fungicidal properties [10]. In Germany approximately 52
million [11], in Austria 20 million [12] solid m³ of
roundwood are used for industrial purposes annually —
considering that on average 10 % of a tree is bark, that
results in a bark volume of 5.2 and 2.0 million solid cubic
meters. Additionally, the economic interest in bark so far
is low and therefore it is available inexpensively [13].
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This idea was taken up in investigations evaluating the
suitability of inaceae bark (chosen because of the
relatively low density [14]) for the production of light
bark insulation panels (< 500 kg/m³), showing that their
properties are promising, their TC is adequate (> 0.05
W/(m*K)), although not very low [15], thermal inertia is
above the ordinary [16], and a natural tannin-hexamine
resin can be used for particle binding [17]. Another way
to use bark is the one of decorative wall claddings, shown
in Austria’s contribution (LISI house) to the Solar
Decathlon 2013 in the US [18]. Bark is a highly complex
multi-phase material [19], requiring profound structural
characterization — providing a means for manifold
optimization [20]. Methods for structural characterization
of bark panels were worked out [21] and it was shown that
bark-based particleboard with targeted particle orientation
has a significantly lower TC [22].
The aim of this investigation is to discuss the potentials of
softwood bark for the use as insulation material, to
highlight optimization potentials and to propose
application fields for which bark insulation might be
appropriate.

2 MATERIALS and METHODS
Spruce ( icea a ies), pine ( inus syl estris), and larch
( ari eci ua) bark was collected in small sawmills in
Upper Austria and Salzburg. Bark chips were taken from
piles generated in log debarking processes at several spots
at an approximate depth of 30 cm to avoid changing
effects at the boundary layer [23]. The bark was
industrially dried from an initial moisture content (MC) of
about 100 % to a final MC of about 6 % using a vacuum
dryer (Brunner High VAC-S/HV-S1). Bark particles were
chipped using a four-shaft shredding system (RS 40 Untha
Shredding Technology, Golling). The particles were used
with different fractions between 6 and 30 mm.
Bark insulation boards (Figure 1) with varying density
and resin content (overview is given in Table 1) out of
particles and different resins were produced by pressing
them in a laboratory heating press (Höfer HL OP 280).
Some panels were produced with controlled particle
orientation (horizontal/vertical to panel plane). All
samples were stored at standard conditions (20 °C/ 65 %
relative humidity (RH)) until constant weight was reached
and then cut to create test specimens [24].
Samples were tested for their mechanical properties
(modulus of rupture (MOR), internal bond (IB)) applying
a universal testing machine (Zwick Roell Z 250), and their
moisture related properties (thickness swell after 24 hours
of water soaking (TS 24h)). Moreover, thermal panel
properties were evaluated, including thermal conductivity
(TC), measured with a lambda-meter EP 500 (Lambda
Measurements Technologies), and thermal diffusivity,
determined indirectly from transient temperature profiles
[16]. The bark boards’ structure was analyzed by the
means of X-ray computed tomography using a Nanotom
180 NF sub-micro CT device (GE Measurement &
Control) with a flat panel detector (2,304 × 2304 pixels),
applying a voltage of 60 kV, and a measurement current
of 410 µA. Samples with a size of 50 × 50 × 30 mm³ were

scanned. The resulting gray value tomograms (8-bit) were
segmented using an algorithm based on analysis of
variance (ANOVA). The gray value boundaries were
thereby determined following Equation (1) and the
material phases void, inner bark, and outer bark (Figure
2) were differentiated. The segmented image stacks were
analyzed for their pore size distribution using
morphological operators applying the software ImageJ
[25]. Using the segmented image stacks (a visualization
can be seen in Figure 3), the thermal conductivity of the
panels was modeled applying an algorithm based on finite
differences in a 3-dimensional set-up. The TC-values for
individual material phases were used as suggested by
Kain et al. [21] estimating TC of void, inner bark and
outer bark in bark insulation panels based on phase ratios.
The voxels resulting from CT scanning were used as
volume elements and, stationary temperature conditions
preconditioned, the heat flow sum around a volume
element is zero. The heat flow density for every volume
element could be determined (Equation 2) using the
software Matlab R2009. Finally, the average TC for the
samples was derived using Equation (3).

Table 1: Experimental design for bark insulation panels
(details can be found in the cited publications)

Bark
Spruce

Resin type and
content
Loose bulk

Pine

UF (8, 12 %)

Larch

Quebracho (5,
8, 10, 15, 20 %)

Larch

Quebracho,
Mimosa (10 %)

Larch

UF (10 %)

Target
density
(kg/m³)

Source

258
350
400
500
250
300
350
400
500

[16]

350

[17]

200
283
366
450
500

[22]

[15]

[26]

Figure 1: arch ark tannin-he amine glue insulation panel
thickness
mm, ensity
kg m
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255) in class k (ranging from 1 to 3)
gray value mean of class 𝑘
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index defining position (𝑋 = length, 𝑌 =
thickness, 𝑍 = with of sample)
heat flow density in 𝑦-direction at position
𝑥, 𝑦, 𝑧 in W/m²
thermal conductivity of the sample at
position 𝑥, 𝑦, 𝑧 in W/(m*K)
3D temperature gradient in K/m
modeled average thermal conductivity for
sample in W/(m*K)
sample volume in m³
temperature difference in K

Figure 3: Ren ering o a ark sample

3 RESULTS
The samples’ MC after storing them at standard
conditions (20 °C/65 % RH) varied between 12.2 and 15.6
%.
IB was shown to range between 0.06 (SD = 0.03) N/mm²
with a board density of 250 kg/m³ and 0.2 (SD = 0.08)
N/mm² with a density of 500 kg/m³ (Figure 4). Focusing
on boards with comparable density (350–400 kg/m³) and
a resin content of 10 %, UF and quebracho bonded panels
have with 0.11 (SD = 0.03) and 0.12 (SD = 0.04) N/mm²
similar properties, whilst panels bonded with mimosa
resin have a significantly higher IB (0.17, SD = 0.04
N/mm²).
MOR ranges between 0.32 (SD = 0.06) N/mm² for a
density of 250 kg/m³ and 1.36 (SD = 0.64) N/mm² for 500
kg/m³ density. For comparable panels (350–400 kg/m³, 10
% resin content), those with UF have a MOR of 0.46 (SD
= 0.23) N/mm², with quebracho resin 0.61 (SD = 0.27)
N/mm², and highest with mimosa resin 0.91 (SD = 0.35)
N/mm² (Figure 5).
TS after 24 h of soaking in water ranges between 12 (SD
= 2) % focusing on panels with a density of 250 kg/m³ and
19 (SD = 5) % using boards with a density of 500 kg/m³.
For boards with a density between 350 and 400 kg/m³ TS
is highest with quebracho showing 18 (SD = 4 ) % TS.
Using UF and mimosa resin results in significantly lower
TS of 14 (SD = 3) and 13 (SD = 2) % (Figure 6).

Figure 2: Cross-section o a larch ark lake e ten ing rom
the oo to the outsi e

Figure 4:

o so t oo

ark insulation panels

WCTE 2016 e-book | 359

The numerical determination of the 3D temperature
distribution in a bark panel under steady-state conditions
and subsequent determination of the heat flow density at
a discretionary position (visualization in Figure 12) could
be conducted with little deviation (mean deviation 5.6 %)
to real measurements (Figure 8).

Figure 5:

R o so t oo

ark insulation oar s

Figure 7: hermal con ucti ity o ark insulation panels
epen ent on panel ensity an so t oo species

Figure 6:

h o so t oo

ark insulation oar s

The TC of bark insulation panels (220–500 kg/m³) was
shown to range between 0.055 and 0.090 W/(m*K).
Boards made of larch bark showed a slightly lower TC
than board made of pine bark (based on the evaluation of
the regression function in Figure 7).
The particle orientation proved to have a highly
significant (p < 0.001) effect on the TC, whereby panels
with horizontal particles on average have a 13 % lower
TC than panels with vertical particles (Figure 8).
CT-scanning yielded gray-value image stacks (Figure 9).
These were segmented using the algorithm described by
Equation (1). Three material phases (void, inner bark,
outer bark) could be told apart successfully shown by
highly significant (p < 0.001) F-values of ANOVA. Gray
value borders between void, inner bark, and outer bark
were set, so that the gray value variation within the classes
is minimal — representing the optimal threshold (Figure
10). Between 70 and 87 % of the total gray value variance
could be explained by the segmentation.
Image stacks resulting from CT scanning and further
digital image analysis enabled the evaluation of the
panels’s porosity ranging from 14 % (500 kg/m³) to 53 %
(200 kg/m³). Thereby pore size distribution is highly
density-dependent (Figure 11). 70 % of the void area (in
a 2D consideration) is made up by macro-pores (> 1 mm²),
focusing on boards with 570 kg/m³, whilst macro-pores
come up for more than 90 % of the void area in boards
with 280 kg/m³.

Figure 8: C o larch ark panels ith arying particle
orientation an results o the iscrete mo el

Figure 9: C tomogram thickness
kg m , ertical larch ark particles

mm, ensity
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Figure 10: ri-mo al oi , inner ark, outer ark gray alue
istri ution in a ark sample

Figure 11: ore si e istri ution in larch ark- ase
particle oar ith i erent ensity

panels are at the same time significantly heavier (Figure
13). The present softwood bark particleboards’
mechanical properties are comparable to that of other lowdensity particleboard (100–500 kg/m³) produced from
renewable resources (e.g., kenaf core, bagasse) reporting
MOR-values between 0 and 7 N/mm² and IB-values
between 0.02 and 0.17 N/mm² [28,29]. TS after 24 hours
of water storage was limited in a study focusing on
insulation materials made from reed mace with 15 % [30].
It was shown for the bark boards that especially higher
resin content (> 10 %) or more reactive resins like pMDI
are necessary to reach this benchmark (Figure 6). The
influence of the resin systems used is not significant in
that respect. Higher density results in higher TS, what is
known from literature [31]. For industrial application,
wax additives or water repellents would be necessary to
limit TS [31]. An interesting option could be to
impregnate particles with bark extracts, what was shown
to be suitable to reduce TS with standard particleboard
due to bark extracts’ ability to act as bridging agents
between hydrophilic cell wall material [32].
The use of mimosa tannin instead of quebracho tannin
leads to better IB, MOR, and TS. This is in good
agreement with findings of Pizzi et al. [33]. Mimosa
tannin has a lower initial viscosity than quebracho tannin
[17] resulting in better particle wetting and consequently,
in higher panel performance. It is also reported that
mimosa tannin has a lower degree of polymerization than
quebracho tannin [34], what supports the present
macroscopic observations.

Figure 12: ulti-ortho-slice o the
heat lo ensity
istri ution in a larch ark panel ith hori ontal particles
ensity
kg m , a erage heat lo ensity
m,
C
m
, temperature gra ient
mm

4 DISCUSSION
The equilibrium moisture content of bark samples at 20
°C/65 % RH was determined to be up to 3 % higher than
with wood what is in agreement with Standke and
Schneider [27] reporting that MC variations in bark are
twice as high than in wood.
Measurements showed that the physical-mechanical
properties (MOR, IB, and TS 24 h) of the bark-based
panels are at a competitive edge with commonly available
insulation boards [15]. The panels’ stability (expressed by
IB) exceeds that of most standard insulation materials, but

Figure 13: nternal on o insulation materials y
comparison ata apart that o ark accor ing to

The potential to lower bark panels’ density in order to
increase porosity (53 % with a density of 200 kg/m³) is
low due to panel stability reasons. The compression ratio
(board density divided by particle density) of boards with
220 kg/m³ was only 0.6, whilst the lower limit for
compression ratio yielding sufficiently stable panels was
estimated to lie around 0.7 for low-density particleboard
[36]. Significant potentials to increase porosity without
lowering mechanical stability could be nonetheless
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exploited by using targeted particle size mixtures [37] and
possibly expandable or more reactive resins.
In terms of the thermal characteristics the bark-based
panels showed thermal conductivity values (0.055–0.090
W/(m*K)) higher than those of very light insulation
boards (e.g., mineral wool, polystyrene), nevertheless the
application as insulation material is possible. By
analyzing the thermal diffusivity of bark-based panels,
their performance is clearly superior to existing insulation
boards [16] (Figure 14). It was shown for wood concrete
mixtures that insulation materials combining low thermal
conductivity and high heat storage capacity (i.e., low
thermal diffusivity) provide thermal inertia preventing a
quick temperature increase in buildings during sunny days
[38]. The same could be achieved applying the present
bark panels as insulation material.
Panel TC can be predicted by the structure-based model
with an average absolute deviation of 5.6 % [21]. The
results showed that the method proposed is a suitable
approach for the study of heat flow processes within bark
insulation panels. The model is adequately precise and
enables a closer evaluation of structure and thermal
property relationships. It could be shown that particle
orientation is an important factor in the optimization of
softwood bark panels with regard to thermal conductivity.
Figure 15 visualizes the average heat flow density in the
diverse material phases (void, inner bark, outer bark) for
varying panel density and particle orientation. Analyzing
the effect of panel density and particle orientation on the
average heat flow density in the material phases using an
analysis of covariance (ANCOVA) proves that both the
panel density and the particle orientation have a
significant influence (p < 0.01). The heat flow density is
on average 20 % (SD = 3 %) higher in void focusing on
panels with horizontal particles compared with vertical
particle boards, in inner and outer bark it is on average 9
(SD = 2 %) and 28 % (SD = 1%) lower for the same
boards. Findings indicate that heat flow has to overcome
a lower average resistance in panels with vertical
particles, due to flow bridges built by the particles (Figure
16). Additionally the higher TC of outer bark, contributes
more strongly to heat flow in panels with vertical particles
because they are oriented in the direction of the
temperature gradient (Figure 12). This consideration
derived from modeled results is backed by the theory of
optimal heat conduction pathways showing that heat flow
avoids the dispersed phase (in the present study void) if
the TC of the continuous phase (bark) is higher than that
of the dispersed phase [39].

Figure 14: hermal i usi ity an thermal con ucti ity o
insulation materials y comparison ata apart that o ark
accor ing to

Figure 15: eat lo ensity in the three ark phases or
oar s ith arying particle orientation an ensity

Figure 16: isuali ation o heat lo ensity in oar s ith
hori ontal an ertical particle orientation

CONCLUSIONS
The presented softwood bark insulation panels proved to
be an adequate material for special purpose insulation,
where the heat storage capacity is meaningful to install
thermal mass in a building [40]. The bark panels studied
distinguish their self by a comparably low thermal
diffusivity resulting in a considerably slower heat energy
transport than in polystyrene for example [16]. Therefore,
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bark insulation panels could be an interesting material for
insulation layers under mechanical stress (due to good
strength properties) combining thermal insulation with
heat energy storage demands. It was shown that not only
cooling demand [41], but also space heating demand of
buildings is lower applying high thermal mass [42].
The discrete model proposed is on the one hand a suitable
approach to analyze the bark boards’ structure, and on the
other hand to model their thermal conductivity. The
model of the heat flow in panels (Figure 12) visualizes the
effects of panel structure variations (particle orientation)
on the insulation properties and indicates directions for
further panel optimization. The model proposed could be
adopted to other flow processes of which steam diffusion
is the most meaningful for constructional use. This was
also suggested by Thoemen et al. [43] using a similar
approach for wood fiber materials.
The TC and probably the steam diffusion conductivity of
bark insulation panels could be adjusted by a targeted
production process and by gluing layers of bark
composites together. Therefore, high performance
materials with designed strength, insulation and gas
exchange properties are feasible. For example, an
insulation board with a highly densified surface layer
followed by a low-weight structure would function as a
material integrated steam diffusion barrier, which could
replace commonly used plastic foils.
Concluding it seems to be interesting to exploit tree bark’s
specific properties by using it as thermal insulation
material. Particle morphology and interior board structure
are key parameters for targeted panel properties, which
can be estimated ex ante by means of the discrete model.
Most efficiently bark insulation can be used for heat
storage active insulation layers.
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THE FRACTURE PROPERTIES OF THERMALLY MODIFIED SPRUCE
Pekka Tukiainen1, Mark Hughes2
ABSTRACT: The aim of this study was to investigate the effect of heat treatment intensity, moisture content and testing
temperature on the transverse fracture properties of thermally modified Norway spruce in the radial-tangential TR and
tangential-radial (TR) crack propagation systems. Small compact tension (CT) specimens were subjected to pure mode I
loading, and load–CMOD curves were recorded. Characteristic fracture parameters were calculated.
Thermal modification altered both the calculated fracture parameter values and the changes increased as the severity of
heat treatment increased. The parameters were altered more in the RT than in TR crack propagation system.
KEYWORDS: fracture, thermal modification, spruce, RT direction, TR direction, CT specimen

1 INTRODUCTION 123
Although wood has many excellent material properties, it
also suffers from a number of disadvantages, like
dimensional stability and durability [1]. Wood is
thermally modified (TM) mainly to improve these two
properties [2]. Nevertheless, all the effects of thermal
modification are not favourable, such as a loss in certain
mechanical properties [2-4].
When wood is thermally modified, the cell wall is altered
and thus the composition of TM wood and normal wood
differs. Thermal modification results in a reduction in the
mass of wood that is believed to be mainly due to the
degradation of the hemicelluloses [5]. According to
Borrega and Kärenlampi [6], there are three mechanisms
that occur during thermal modification that affect the
mechanical properties of wood: the degradation of
structural components (mass loss), irreversible hydrogen
bonding (hornification) and microscopic cell wall damage
caused by a mismatch in the drying shrinkage of the cell
wall elements.
The intensity of heat treatment during thermal
modification defines to what degree the hemicellulose
content is reduced [3] and the mechanical properties are
altered. Since the hemicelluloses and lignin play an
important role in the transverse properties of fibres [7], it
is thus likely that a reduction in the hemicellulose content
will alter the fracture behaviour of wood in the transverse
plane; indeed it is known that the transverse fracture
mechanical behaviour of wood alters and it becomes more
brittle following thermal modification [8-11]. MajanoMajano et al. [10], Murata et al. [9] and Pleschberger et
al. [11] all investigated the effect of the intensity of
thermal modification on the fracture properties of wood in
the radial-longitudinal (RL) and tangential-longitudinal
1
2
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(TL) crack propagation systems under mode I loading,
whereas Reiterer and Sinn [8] only studied fracture in the
RL orientation, but under both mode I and mode III
loading. To the knowledge of the authors, only one
systematic investigation [12], has been carried out on the
fracture mechanical properties of TM wood in the
remaining transverse crack propagation systems: RT and
TR. In crack propagation system, the first letter indicates
the direction of the normal to the crack plane, and the
second letter refers to the direction of crack propagation
(Figure 1).
The degree of mass loss has a great impact on the fracture
mechanical properties of wood and so too does the
anatomical structure, which can vary greatly even within
the same stem. Thus, to really elucidate the effect of
thermal modification, and the intensity of the heat
treatment on the fracture mechanical properties of wood,
it is essential to ensure that specimens are as anatomically
identical as possible and that the mass loss is carefully
measured. Furthermore, it is known that elevated
temperature affects the fracture behaviour of wood [13]
and so the influence of temperature on the fracture
behaviour of TM wood should also be investigated.
The aim of this study was to investigate the effect of
intensity of thermal modification, moisture content (MC)
and temperature on the transverse fracture properties of
thermally modified spruce in the RT and TR crack
propagation systems. Carefully sampled specimens were
thermally modified at either 190 or 210°C in dry air at
atmospheric pressure.

2 MATERIALS AND METHODS
Spruce (Picea abies [L.] Karst.) logs were obtained from
southern Finland. The specimens were taken from the
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outer part of the stem, where the anatomical structure is
approximately orthotropic. The basic density of the
specimens before thermal modification varied from 331
to 416 kg m-3.
For both fracture propagation systems (RT and TR), two
battens (Figure 1) were machined from green wood to the
nominal dimensions as shown in Figure 1 and having the
cross-section of the eventual CT specimens. Thereafter,
15–40 adjacent specimens were cut from each batten and
the specimens were dried gradually from the green state
to a MC of about 14 % by allowing them to equilibrate at
an RH of 60 % and temperature of 22 °C for 3 months.
Before the actual thermal modification, the specimens
were oven dried for 24 h at 103 °C and subsequently
weighed to an accuracy of 1 mg. The specimens were
thermally modified in an oven (Electrolux, Air-o-steam,
Electrolux Professional SpA, Pordenone, Italy), without a
shield gas, in dry hot air at atmospheric pressure at two
different temperatures, 190 and 210 °C, for 3 h and
weighed again in order to determine the mass loss due to
heat treatment.
After TM, an initial crack was created with a razor blade
and the specimens returned to the conditioning room
(22 °C and RH 60%).
After sharpening, the crack tips were examined using a
light microscope (Nikon Optishot 2, Nikon Europe B.V.,
Badhoeverdorp, The Netherlands) in order to determine
the actual ligament length. This was important because
the starter notch propagated easily beyond the intended
location, especially in the TR orientation in specimens
TM at 210 °C. If the starter notch was longer than
intended, the test results of that specimen were excluded.

Germany). Testing was carried out on a small loading
device (Figure 2). Force was measured with a 500 N load
cell (U9B, HBM, Darmstadt, Germany). Loading was
conducted under displacement control at a cross-head
displacement rate of 0.4 mm min-1. Crack-mouth opening
displacement (CMOD) was measured using an electronic
gauging probe (Solartron AX/2.5/SH, Solartron
Metrology, West Sussex, UK). The definition of CMOD
is shown in the Figure 2b. The specimens were loaded
until the CMOD was between 1.2 and 3.5 mm depending
on the behaviour of the specimen. At this CMOD, the
remaining ligament length was between 0 and 4 mm. All
in all 56 specimens modified at 210 °C and 52 specimens
modified at 190 °were tested. Immediately after testing,
the exact geometry and the remaining ligament length of
each specimen were recorded, and the MC was
determined based on oven-dry mass.

Figure 2: The micro-testing device (a) and CT specimen
showing the definition of crack mouth opening displacement
(CMOD).

Figure 1: Specimen preparation and sampling: 15–40 adjacent
specimens were sawn from each batten. Approximately, half of
the specimens were thermally modified at 190°C and other half
at 210°C. Adjacent specimens were tested at four different
environmental conditions

The specimens were stored at RH of 60 % and
temperature of 22 °C until testing (air-dry) or they were
rewetted by soaking in water for at least 24 h prior to
testing to attain water-saturated conditions. Prior to
testing, the specimens tested at 50 °C were heated in an
oven. During heating, the specimens were sealed in plastic
bags to maintain a constant MC.
The tests were carried out inside a climatic test cabinet
(RUMED, Type 4101, Rubarth Apparate GmbH, Laatzen,

After the mechanical tests were performed, the cracks of
one specimen from each category were examined using a
light microscope (Nikon Optishot 2, Nikon Europe B.V.,
Badhoeverdorp, The Netherlands) in order to determine
the failure mode.
The initial slope (kinit) and two fracture mechanics
parameters – the critical stress intensity factor for mode I
(KIc) and specific fracture energy (Gf) – were calculated
from the load–CMOD curves. Before calculating these
parameters, the load–CMOD diagrams were normalised
to match those of a specimen with a thickness of 10 mm.
The kinit in the linear elastic region was determined in
order to characterise the relative stiffness of the material
(Equation 1).

kinit =

0.8  Pmax  0.1  Pmax
P
=
CMOD
CMOD

(1)

where P = load, Pmax = the maximum load attained and
∆CMOD = the increment of CMOD corresponding to ∆P.
Both the shear and elastic moduli of the CT specimen will
affect kinit. This quantity is proportional to the effective
modulus of elasticity and shear modulus of the material.
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In many studies where small wedge splitting or CT
specimens have been used, the critical stress intensity
factor has been calculated using the equation for isotropic
materials [8, 10]. An isotropic approach is justified for
crack initiation parallel to the grain, at least in the RL
system [14]. Although the calculation of stress intensity
factors using an isotropic material model for wood
fracture in the RT and TR systems is questionable, it was
used because it takes into account specimen geometry,
which varied somewhat due to the shrinkage caused by
both MC and thermal modification. Values for KIc were
determined using Equation 2 given in [8, 10].

K Ic =

3.657  Pmax
a⎞
⎛
B  W  ⎜1  ⎟
W
⎝
⎠

1.5

(2)

where Pmax = the maximum load attained, a = the distance
from the starter crack-tip to the loading line, and W = the
distance from the loading line to the end of the specimen
and B = the thickness of the specimen.
For characterisation of the complete fracture behaviour,
including the crack propagation phase, Gf was calculated
based on Equation (3).

Gf =

GF
A

⎡⎛ CMODmax
⎞⎤
⎢⎜⎜  P (CMOD )dCMOD ⎟⎟ ⎥
1
⎠⎥
= ⎢⎝ 0
⎥
A⎢
⎢  P (CMODmax ) CMODmax ⎥
2
⎣
⎦

(3)

where A = the projected area of the fractured surface and
GF = the area under the load-CMOD curve minus the
elastic energy stored in the specimen at the end of the
load. Gf corresponds to the integrated area under the loadCMOD curve minus the elastic recovery divided by the
fracture surface area. In this study the projected fracture
area perpendicular to the tensile load direction was used,
so possible meandering of the crack or deviation from the
original direction was not taken into account. In order to
calculate Gf the fracture behaviour should be stable, but
fracture energies were also calculated in the case of
unstable crack propagation. This gives a lower limit for
the estimation of fracture energy.

3 RESULTS AND DISCUSSION
The effect of temperature, moisture content and thermal
modification on fracture behaviour were investigated by
testing small compact tension specimens in pure Mode I
loading at two temperatures (22 and 50 °C) and at two
MCs (air-dried and wet). In the case of unmodified spruce,
the MC of the air-dried specimens was about 14 %,
whereas in TM spruce the MCs were 9–10 % (TM at
190 °C) or 7–8 % (TM at 210 °C). The MC was well over
fibre saturation point (FSP) in all wet specimens.
The thermal modification of spruce led to a loss of ovendry mass in the specimens and to shrinkage. In the
specimens thermally modified at 190 °C, the mass loss
varied between 1.3 and 2.0 % and the specimens shrank

by 0.6 % in the radial direction and by 1.3 % in the
tangential direction. In the specimens thermally modified
at 210 °C, the mass loss was between 4.9 and 6.1 % and
shrinkage was 1.7 % and 3.7 % in the radial and tangential
directions respectively. The mass loss observed in this
study is in accordance with previous studies [15] but it is
clearly lower than in spruce thermally modified in a
humid atmosphere [16].
3.1 LOAD-CMOD DIAGRAMS
Figures 3 and 4 shows representative load–CMOD curves
registered during the experiments for unmodified and TM
spruce. The load-CMOD diagrams clearly illustrate the
effect of TM on fracture behaviour. The higher the
thermal modification temperature and the resultant higher
dry mass loss, the more the properties are affected.
Thermal modification changes the fracture behaviour
more in the RT system (Figure 3) than in the TR system
(Figure 4), which is in accord with the results of Majano–
Majano et al. [10]. Although these workers investigated
the RL and TL systems, the fracture plane is identical in
the RT and RL as well as in the TR and TL systems.
Whilst the shape of the curves differs significantly
depending on MC, temperature and fracture orientation,
TM does not change the shape of the curve under a given
condition compared to unmodified material, though the
curves are in a way scaled down, especially in the RT
system.
In the RT system, crack propagation was stable in
unmodified and in TM spruce at both MCs and
temperatures (Figure 3). In air-dried unmodified and TM
spruce at both temperatures, crack propagation was
unstable in the TR system (Figure 4), but it became stable
at high MC, except in specimens thermally modified at
210 °C. It seems that TM does not affect the stability of
crack propagation.
Based on these results, TM does not alter the manner in
which a crack propagates: in the tangential direction, the
crack propagates smoothly, whereas in the radial
direction, the crack propagates in a stepwise manner at
high MC through one or several latewood (LW) bands at
a time as in unmodified material (Figure 4).
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Figure 3: Representative load–CMOD curves for unmodified
(REF) and thermally modified (TM) spruce in RT crack
propagation system. Values for reference material, REF are
taken from Tukiainen and Hughes [13] and for thermally
modified (TM) spruce from Tukiainen and Hughes [12]
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Figure 4: Representative load–CMOD curves for unmodified
(REF) and thermally modified (TM) spruce in TR crack
propagation system. Values for reference material, REF are
taken from Tukiainen and Hughes [13] and for thermally
modified (TM) spruce from Tukiainen and Hughes [12]

3.2 INITIAL STIFFNESS
The effect of thermal modification together with testing
temperature and MC on the effective stiffness of the
material was quantified with the kinit parameter and the
results are shown in Figures 5a and 6a. The results are
averages, and the error bars represent the minimum and
maximum values calculated, in most cases, on the basis of
six specimens.
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Figure 5: The effect of temperature and MC on the fracture
behaviour of unmodified (REF) and thermally modified (TM)
spruce in RT crack propagation system. The bars represent the
mean, and the error bars the minimum and maximum values of
four to six specimens. Values for reference material, REF are
taken from Tukiainen and Hughes [13] and for thermally
modified (TM) spruce from Tukiainen and Hughes [12].

In TM spruce, the difference between orientations was
more significant than in the unmodified material at lower
MC. At low MC, thermal modification increases kinit in
the RT system, in other words, the tangential modulus of
elasticity (ET) or the tangential-radial shear modulus
(GTR) or both increase. It has previously been reported that
TM increases stiffness in the longitudinal direction [2,
10]. In the TR system, kinit and thus the radial modulus of
elasticity (ER) or the tangential-radial shear modulus
changed only slightly, which is in accordance with the
findings of Borrega and Kärenlampi [17]. They reported
a small decrease in the ER of spruce high-temperature
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dried at 130 °C. On the other hand, an increase in spruce
ER after TM at 180 °C has also been reported [18].
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As in unmodified spruce, in TM spruce, kinit in the RT
system was greater than in the TR system (Figures 5a and
6a) at both MCs and temperatures.
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Figure 6: The effect of temperature and MC on the fracture
behaviour of unmodified (REF) and thermally modified (TM)
spruce in TR crack propagation system. The bars represent the
mean, and the error bars the minimum and maximum values of
four to six specimens. Values for reference material, REF are
taken from Tukiainen and Hughes [13] and for thermally
modified (TM) spruce from Tukiainen and Hughes [12]

Results on the effect of TM on mechanical properties may
be controversial, because treated wood material and the
TM process affect the outcome. TM results in only slight
changes in cell wall material properties if the temperature
is lower than 140 °C [1]. Relatively little work has been
reported on the effect of TM on the shear modulus. On the
basis of the investigations by Kubojima et al. [19],
however, it seems that the TM affects the shear modulus
and modulus of elasticity in similar ways. At lower
treatment temperatures (120 °C and 160 °C) values for
both moduli increase in the initial stages and become
constant. At higher temperature, the value of shear
modulus increases during the initial stages of heating and
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reduces thereafter [19] as does the modulus of elasticity
[1].
An increase in MC results in a reduction in the kinit of TM
spruce more than in unmodified spruce. A higher testing
temperature also results in a lower kinit. The thermally
modified specimens were somewhat smaller than the
untreated specimens and this affects the kinit values so this
comparison is not strictly accurate, but the trend is clear.
The difference between RT and TR systems in TM spruce
and also between unmodified and TM material is more
significant at lower MC and temperature.
3.3 STRESS INTENSITY FACTOR
The critical stress intensity factor, KIc, predicts the stress
state near the tip of a crack at the maximum load in
homogenous materials that display linear elastic
behaviour. In many studies, the critical stress intensity
factor has been calculated on the assumption that the
materials is isotropic [8, 10]. Although the calculation of
stress intensity factors in the RT and TR orientations in
wood is questionable, based on the assumption that it is
an isotropic and homogenous continuous material, the
effect of temperature and MC can be compared better
based on KIc values than a simple maximum load, as it
takes into account the slight changes in specimen
geometry due to shrinkage.
The thermal modification of spruce affected KIc (Figures
5b and 6b). As the severity of heat treatment increases, the
reduction in the KIc values in the RT system also increase.
This is in accordance with previous studies [10, 11]. On
the other hand, it seems that heat treatment does not affect
the KIc values much in the TR system. This might be due
to the failure mode in this direction; in unmodified wood,
the radial crack propagates between the cells [20] in the
middle lamella (ML), which is the weakest link in the case
of unmodified spruce. The ML mainly consists of lignin
[21] and since lignin is a relatively more stable component
of wood when undergoing thermal modification, it is
reasonable to suppose that the mechanical properties of
the ML are not affected as much by TM as other parts of
the cell wall. In unmodified material, KIc is slightly higher
in the RT system than in the TR system, but in TM
material this is reversed.
3.4 FRACTURE ENERGY
The specific fracture energy characterises the energy
needed to propagate an existing crack in wood.
In Figures 5c and 6c, the results for the Gf of spruce and
TM spruce in the RT and TR systems at the different
conditions are presented. The Gf values obtained in the
case of unstable crack propagation are also reported; these
values represent the lower limit of real Gf. At 22 °C and
MC ~ 14 %, crack propagation in spruce was unstable in
the TR crack propagation system. Keunecke at al. [22]
encountered the same stability problem when testing airdried spruce in the TR orientation.
In the case of native spruce in both crack orientations, Gf
was the highest in air-dried wood tested at 50 °C and an
increase in MC resulted in a lower Gf. This is most
probably due to the fact that in air-dried wood at elevated
temperature, the fracture propagated stably but the effect

of temperature on the maximum load was less significant
than MC. Previous findings on the effect of MC on Gf are
contradictory. Reiterer and Tschegg [23], for example,
reported that in spruce in the RL direction at room
temperature, Gf increases as MC increases from 12 % to
58 %. Vasic and Stanzl-Tschegg [24] investigated the
fracture behaviour of oak, beech, spruce and pine at four
different MCs in both the RL and TR systems at room
temperature. On the basis of their results, the effect of MC
on Gf is different in different species and directions. For
example, in the RL system in spruce, the effect of MC on
Gf is negligible and in the TR system, Gf decreases as MC
increases from ~ 12 % to ~ 30 %.
Thermal modification affected the Gf values of spruce
significantly. At low MC, the higher the treatment
temperature, the lower the resulting Gf values, which is in
accordance with the results of Majano-Majano et al. [10]
and Pleschberger et al. [11]. Again, TM has a greater
effect in the RT system than in the TR system. In
unmodified spruce, Gf is clearly higher than in TM
material under all testing conditions in the RT system. In
the TR system, the Gf of unmodified spruce is higher than
that of TM material at low MC, but the reverse is observed
when the MC is high.
In TM spruce and under all conditions, both calculated
fracture parameters are greater in the TR orientation than
in the RT orientation, which is in contrast to the
unmodified spruce. In the RT orientation, the crack
propagates in the thin walled earlywood (EW); however,
the KIc and Gf in unmodified wood are higher in the RT
system than in the TR system and this is at least partly due
to the strengthening effect of radially oriented ray cells. It
has been reported that the hemicellulose content of ray
cells in spruce is approximately 30 %, whereas in the
tracheids it is approximately 18 % [25]. The degradation
of hemicelluloses most probably results in a notable loss
in strength of the ray cells in TM spruce and thus the KIc
and Gf values in the RT system decrease to a greater extent
than in the TR system.
3.5 FAILURE MODE
After the mechanical tests were performed the cracks of
24 specimens – one from each category – were examined
using a light microscope in order to determine whether the
TM, testing temperature or MC had an effect on the failure
mode.
In unmodified spruce, neither MC nor temperature
affected the failure mode in the TR system and the crack
propagated mainly along the rays, with the failure mode
being mainly inter-cellular (IC) in both the EW and the
LW. These findings are in agreement with those of
previous studies [20, 26]. However, thermal modification
changed the failure mode in the TR system; in spruce,
thermally modified at 190 °C, the failure mode was IC in
the LW but in the EW both IC and TW failure modes
occurred. As the severity of thermal modification
increased (TM at 210 °C), the failure mode in the LW also
changed towards TW. In TM spruce testing temperature
and MC only slightly affected the failure mode of radial
cracks. When the crack propagates in the radial direction
in unmodified softwood, the main failure mode is IC and
the crack propagates in the ML [20]. In this case, the ML
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is the weak layer. When wood is thermally modified, the
cell wall becomes weaker and the ML is no longer the
weakest link and thus the crack propagates through the
cell walls (TW).
Both MC and temperature affected the failure mode in
unmodified spruce in the RT system albeit the crack
propagated always in the EW. In air-dried spruce at 22 °C
the failure mode was predominantly of the TW type as has
been reported by Ashby et al. [20]. Thermal modification
does not affect the failure mode in the RT system much
and the crack always propagates in the EW. In unmodified
wood, as temperature and MC increase, the failure mode
shifts from TW to IC but in the TM spruce the failure
mode was mainly TW regardless of the treatment
temperature, MCs and testing temperature. This is partly
in accordance with Pfriem et al. [18], who found that the
main failure mode in thermally modified spruce is TW in
air-dried specimens at 20 °C.

4 CONCLUSIONS
The aim of the present study was to investigate the effect
of MC and temperature on the fracture behaviour of TM
Norway spruce in the RT and TR crack propagation
systems. Two heat treatment temperatures, 190 and
210 °C, were chosen for the study. Mode I fracture tests
were carried out at two different MCs and at both room
(22 °C) and elevated temperature (50 °C).
TM altered both the calculated fracture parameter values
and the change increased as the severity of heat treatment
increased. The parameters were altered more in the RT
propagation system than in the TR system. TM increased
ET to a notable extent, but ER only slightly. In unmodified
spruce, both the KIc and Gf values were higher in the RT
than in TR system but in thermally modified spruce it was
reversed: KIc and Gf values were higher in TR crack
propagation system.
In RT orientation, KIc and Gf values were lower in the TM
wood than in unmodified wood under all environmental
conditions. In TR orientation, KIc values differed only
slightly between TM and unmodified wood. In TR
orientation, Gf values in TM wood were lower than in the
unmodified wood at lower MC but higher at higher MC.
In the TR orientation, the failure mode changed due to
TM. In unmodified spruce the failure mode was mainly
IC in both the EW and the LW. In spruce thermally
modified at 190 °C, the failure mode was IC in LW but in
the EW both IC and TW failure modes occurred. As the
severity of heat treatment increased (210 °C), the failure
mode in the LW also altered towards TW. In the RT
orientation, the failure mode of unmodified and modified
material differs only at high MC and elevated
temperature.
The degradation of hemicelluloses most probably results
in a notable strength loss in the hemicellulose-rich ray
cells which dominate the fracture properties in the RT
orientation and thus the KIc and Gf values in the RT
direction decrease significantly, while in the TR
orientation, only strength loss in the tangential wall
affects KIc and Gf.
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DYNAMIC EVOLUTION OF PHYSICAL-MECHANICAL PROPERTIES OF
HEAT-TREATED WOOD EXPOSED TO WEATHERING CONDITIONS
René Herrera1*, Ainhoa Arrese2, Jalel Labidi3, Rodrigo Llano-Ponte4

ABSTRACT: Heat treatment of wood is an effective method to enhance its biological durability and physical stability
adding commercial value in fast-growing species. On the other hand, the chemical reconfiguration occurring during the
heat treatment affects the mechanical resistance of wood which initially decreases compared with untreated wood, being
its main technical drawback. This study tracks the dynamic evolution of some physical-mechanical properties after
natural or accelerated weathering cycles in order to compare results with unmodified wood. The results suggested an
increase in the perspectives of uses of heat-treated wood as building material with stable values on physical-mechanical
properties over time, mainly in T-Pine samples, and showing acceptable values of MOE and hardness in both Tsamples, as well as a positive evolution in the optical properties after the weathering tests with changes below 5%. The
mathematical adjustment satisfactorily corroborated the data obtained from the mechanical tests of MOR and MOE.
KEY WORDS: Heat-treated wood, weathering tests, physical-mechanical properties

1 INTRODUCTION 123
Wood modification is an important area of study to
promote native and non-durable wood by improving its
properties. On these grounds, the heat treatment of wood
is an effective method to enhance its biological
durability and physical stability [1], and thus, adding
commercial value to ash, pine, oak or beech species
improving their use in cladding, decking, windows or
flooring.
On the other hand, the chemical reconfiguration
occurring on wood during the heat treatment affects
mechanical strength and stiffness properties of wood [2],
where initially decreases compared with untreated wood,
being the main technical drawback when used as
building material or in structural applications [3].
For external applications as joinery and decorative
material, heat-treated wood is commonly appreciated
due to darker tones compared with the untreated wood
[4], and especially when the original wood presents clear
colors. Somehow the optical effects increase the
economic value of species such as poplar, ash, pine,
beech, among others [5].
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Heat-treat wood as occurs on untreated timber, when
exposed to outdoor conditions it is subjected to
simultaneous chemical and physical changes that cause
variations on its properties and appearance [6]. However,
the variations on heat-treated wood take place more
gradually, and shown increased stability to initial
parameters [7].
Wood degradation by weathering primarily affects wood
components, thus, several extractives compounds are
released, the lignin fraction is depolymerized and cell
wall carbohydrates start to degrade [8]. Among all
environmental factors, ultraviolet irradiation in
combination with moisture, are the principal parameter
in contributing to aging the wood, secondary, the
temperature as well as oxidative agents such as oxygen
and ozone affects its properties [9].
To investigate the range of uses in heat-treated wood and
its physical-mechanical properties, it is suitable not only
a static analysis of its properties but also track its
dynamic behavior when exposed to weathering
conditions. This study shows the evolution of some
physical-mechanical properties after a natural or
accelerated weathering, in order to approximate its
behavior during service life and when compared with
untreated wood.

2 EXPERIMENTAL METHODS
2.1 WOOD AND INDUSTRIAL-SCALE
TREATMENT
Monterey pine (Pinus radiata D. Don) and European ash
(Fraxinus excelsior L.) samples were industrially heat-
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treated at 212 ºC in an airtight chamber under reducing
atmosphere (N2) and steam, for a period between 60 and
70 h until all stages of the modification process are
achieved, according to the industrial standards
(Termogenik© Orozko, Spain). Details regarding
chemical changes of wood that are produced during the
process, have been previously analyzed (Table 1) and
informed [10].
Table 1: Chemical characterization of samples

Sample
Ash
T-Ash
Pine
T-Pine

Lignin
[%]
28.80
±1.56
37.39
±1.87
27.65
±1.24
40.20
±2.04

α-Cellulose
[%]
48.49
±1.36
40.33
±1.69
45.15
±1.36
41.48
±2.04

Hemicellulose
[%]
19.10
±1.08
12.12
±1.36
23.61
±1.55
12.89
±1.06

Extracts
[%]
4.08
±0.34
5.90
±0.82
2.85
±0.24
4.77
±0.88

From this sample set, three different sample dimensions
were chosen for the following experiments: (9 x 9 x 170
mm) for mechanical test, (9 x 170 x 170 mm) for
hardness and (9 x 40 x 25 mm) for optical test.
Unmodified samples with the same dimensions were
used to compare all the results.
2.2 WEATHERING TESTING
Heat-treated samples were expose to aging in two
weathering conditions: on the one hand, samples were
exposed six months to natural weathering in a location
with oceanic climate (San Sebastian, Spain) facing south
direction at 45 degrees of inclination. On the other hand,
samples were subjected to accelerated aging cycles
based on a modified EN 927-6:2007, where samples
were submerged in distilled water at approximately 20
kPa for 15 hours and then placed in a convection oven at
75 ºC for 9 hours followed by intervals of 2.5 hours of
UV-A light (40 cycles, 1060 hours). Afterwards, samples
were weighed (20 ºC; 65% RH) and the changes
measured.
2.3 PHYSICAL-MECHANICAL
CHARACTERIZATION
2.3.1 Physical properties
At the end of the tests the changes in wood density and
moisture content (MCd) (equation 1) due to the
weathering process were monitored and the data sheet
was updated.

MCd (%)  w f  wi / w f  100

(1)

Where wi is the initial dry weight and wf is the dry
weight of the impregnated sample at each period of time.
2.3.2 Mechanical properties
The mechanical tests were done in each set of samples
before and after exposure to aging under two weathering
conditions. Besides, as a preliminary adjustment of the
mechanical test, the system stiffness (ksys) was calculated

in order to avoid possible effects due to supports and
loading head and thus, to obtain values not influenced by
the equipment used (Figure 1).
The universal test system (MTS Insight 10) with 10 kN
load cell and three-point bending method was used for
the calculations. The supports were close to the
minimum span and the load at 25% of slope was
measured to obtain the ksys values for each set of samples
(Table 2).

Figure 1: Model used to determine system stiffness
Table 2: System stiffness (ksys) effect on samples
Sample
Ash
T-Ash
Pine
T-Pine

ksys [MPa]

8784±86
10189±105
7114±92
9690±110

Using ksys values and considering the shear effect and
possible local deformations, the method proposed by
Jalali and Taheri [11] varying span at different distances
was performed. Besides, to prevent deformation due to
the supporting pins, steel plates above the samples have
been used.
The procedure to obtain flexural modulus was carried
out at five different spans perpendicular to the fibers
direction [12].To achieve the experimental data
correction, an equation that include local deformations
due to the load applied and the system flexibility was
used (2):


PL3


 M
4 E f wh3


P
 exp   S   M   Q  S 
kSYS


3PL
 Q 
10Gwh


(2)

Where  exp is the experimental displacement,  S is the
system displacement,  M is flexural displacement,  Q is
the shear displacement, P is the applied load, L is the
span, E f is the flexural modulus of elasticity, w is sample
width, h is sample thickness, G is the shear modulus.
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Describing (2) in two tested points (2) according to
equation (3):


P2 L3  6 E f
 2 
1 
4 E f wh3  5 G

 

P1L3  6 E f
1 
1 
4 E f wh3  5 G

Being δ  δexp 

h
 
L

2




2
h 
  
 L  

(3)

the CIE-Lab color space coordinate system L*, a*, and
b* (L* lightness, a*red-green-axis, and b* yellow-blue
axis). Measurements were made in ten different points
over the exposed surface and the total color difference
(ΔE*) was calculated as a function of the artificial
sunlight exposure time according to the equation given
below:

E *  L*2  a *2  b *2

3 RESULTS AND DISCUSSION

P
k SYS

3.1 PHYSICAL PROPERTIES

The modulus of elasticity (MOE/Ef) was experimentally
calculated according to UNE-EN1408:2011+A1 and by
testing at different spans in order to create a linear
regression model (4):
2
mL3  6 E f  h  
Ef 
  ;
1 
4wh 3  5 G  L  
P  P1
m 2
δ 2  δ1

(4)

After aging samples in natural and artificial conditions,
significant changes in density and moisture content were
found (Table 3), the density decreased in all samples but
untreated Ash present a significant difference in
behavior with respect to weathering between all the
samples studied, where dramatically decreased (18%),
while T-Ash was more stable over time with a reduction
about 4%. Pine and T-Pine were similarly stables,
varying around 8-9% (Figure 2).
Table 3: Physical parameters after weathering
Sample

The modulus of rupture or bending strength (MOR/) at
three points was measured according to UNE-EN
408:2011+ A1 standards and calculated as follows (5):



3Pmax L
2wh 2

T-Ash
Pine
T-Pine

Moreover, hardness of samples was tested using a
Rockwell equipment (HR-150A) with conical indenters
based on UNE-EN1534=2011 standard. The machine
was load at 100 Kg and applied on samples surface
during 5 sec. Later on, the width of indentation was
measured and the hardness Brinell (HB) was calculated
according with the following equations (6):

2F
( N / mm 2 )


g    DD  D2  d 2 



Ash

(5)

Where Pmax is the maximum load (N), the distance
between the centers of the two supports was 120 mm
free span, and the crosshead speed was 2.8 mm/min.
Loading was done at tangential direction of the
replicates.

HB 

(7)

1

Initial1
Natural2
Artificial3
ρ
ρ
ρ
MCd
MCd
MCd
[g cm-3] [%] [g cm-3] [%] [g cm-3] [%]
0.69
11.08
0.56
8.15
0.56
9.26
±0.02 ±0.92 ±0.01 ±0.09 ±0.01 ±1.42
0.52
4.54
0.49
5.38
0.50
4.64
±0.03 ±0.10 ±0.01 ±0.32 ±0.01 ±0.26
0.59
11.02
0.54
9.07
0.54
9.10
±0.02 ±0.10 ±0.01 ±0.20 ±0.01 ±0.08
0.44
6.07
0.40
8.22
0.40
8.74
±0.01 ±0.08 ±0.01 ±0.36 ±0.01 ±0.15

control time 0; 2 Natural weathering 6 months; 3 Artificial weathering 40 cycles

The results confirm that wood density is one of the most
important factors affected by aging, In addition the effect
of weathering was strong in Ash and Pine samples
decreasing its density more rapidly, effect probably
cause by the slowly wood-.water interactions in higher
densities, washing away reaction products inciting to
checking and raised grain and thus provokes the faster
degradation [13, 14].

(6)

Where F is the maximum strength applied (N), g is the
acceleration of gravity (m/s), D is the ball diameter (mm)
and d is the average print of penetration.
2.4 OPTICAL MEASUREMENTS
The color changes at the midpoint and at the end of
natural accelerated-aging cycles were measured by a
Konica Minolta CM-2600d device and expressed using

Figure 2: Δ of change in density and moisture content
after aging conditions
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Table 4: Physical-mechanical characterization after
weathering
Weathering

Initial

TTPine
Ash
Pine
5.77
5.02
3.75
2.44
Hardness1
±0.81 ±0.63
±0.37
±0.43
10997 7919
12499 14784
MOE2 ±380.96 ±277.25 ±609.45 ±919.81
12356 8110
13256 16208
142.30 58.70 135.20 98.10
MOR3
±16.80 ±12.60 ±10.50 ±25.10
Test

Hardness
Natural

MOE
MOR
Hardness

Artificial

MOE
MOR

1

Ash

1.94
1.10
1.34
1.24
±0.12 ±0.24
±0.24
±0.29
13471 9120
14525 14959
±675.59 ±235.79 ±361.99 ±908.39
14763 9385
15209 17007
105.50 50.70 150.40 75.50
±12.50 ±5.20 ±18.20 ±5.30
2.08
0.78
1.40
1.25
±0.61 ±0.10
±0.21
±0.26
10318 6579
14057 16411
±242.77 ±168.73 ±312.08 ±474.21
10517 6846
13640 15463
146.30 56.10 160.00 86.60
±13.50 ±2.50 ±15.40 ±14.80

Hardness [N/mm2]; 2 Two values, upper cell is the experimental value in MPa,
below is the adjusted value in MPa, 3 MPa

The moisture content decreased 15-25% in either control
samples, and increased 20-40% in heat-treated samples.
The divergent tendency on wood-water interactions
shows the effect of chemical changes and its influence
on the sorption phenomenon, inclined to reach higher
moisture equilibrium probably binding water molecules
with the cellulose content [3, 15], contrary to control
samples in which hydroxyl groups of cellulose and lignin
tend to satisfy the water needs at certain point and thus
not taking up water [15].

hardness is more pronounced in Ash and T-Ash than in
Pine and T-Pine.
Regarding the results of initial modulus of elasticity
(MOE) and modulus of rupture (MOR), the mechanical
performance was completely different between species
(Table 2). It is well know that the structural differences
between hardwoods and softwoods are crucial when
wood properties are analyzed [18].
The Figure 3 shows that the values in MOE after thermal
treatment are divergent in both heat-treated samples,
taking into account that the experimental values were
adjusted, the discussion is referred to the corrected
values; while in T-Ash the modulus decreased
considerably after treatment (about 34%), in T-Pine the
modulus was increased (> 22%). A similar tendency
after industrial heat treatment of hardwoods and
softwoods in other experimental references was achieved
[18, 19].
It has been reported that MOE is less affected in heat
treated wood compared with MOR. It may decrease or
increase very slightly depending on treatment conditions,
especially the heating atmosphere is crucial and studies
report an important efficiency on strength value when
wood is treated with inert gases and variable results
when is treated in presence of steam [20].
From the wood composition point of view, changes in
the matrix after treatment were evident, and amorphous
hemicelluloses, cellulose and lignin changed their glassy
state to a rubbery state, and the treated wood is able of a
large plastic deformation when is modified above certain
range of temperatures [20, 21].

3.2 PHYSICAL-MECHANICAL
CHARACTERIZATION
The physical-mechanical properties of hardness, MOE
and MOR were affected after weathering cycles.
Initially, onset values of hardness (table 4) shown a
decrease on the thermally modified samples compared to
untreated samples, especially in the modification of pine
to T-Pine has dropped around 35% less hardness.
However after weathering tests, the hardness value
dramatically decreased in untreated samples (about 65%)
and T-Ash (around 80%), but on T-Pine was more
stable, obtaining a hardness value similar to that
observed in control samples. Taking into consideration
that hardness is an important property in service as floors
or exterior applications [16], these results suggest that TPine is more durable than untreated Pine wood, referring
to the dynamic conduct of the hardness.
These results could be related to the decreasing density
that occurs after the weathering tests, and also due to
changes in the chemical composition provoked by
leaching [17]. The effect of aging with respect to

Figure 3: Initial values of MOE (adjusted) and MOR in
samples

On the other hand, the modulus of rupture after thermal
treatment has presented a decreasing tendency in both
samples, T-Ash was dramatically reduced (59%) and Tpine had a better performance (27%) but at any rate was
high.
The causes of these changes begin with the differences
in density of both species and its intensification after
treatment, where the degradation of polysaccharides
plays a crucial role in the mechanical strength loss [17,
22]; likewise the hydrolytic effect that take place during
treatment generate degradation of cellulose by
acidification of wood organic acids and thus
embrittlement of fibers [23, 24].
After weathering conditions, an analogous trend to that
found in the initial values of MOE was observed (Figure
4), but with increased values after natural weathering (9-
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12% Ash and Pine; 5-13% T-Pine and T-Ash,
respectively).
This tendency was also found in others studies regarding
weathering thermally modified wood [7, 17], and
confirms that in several species MOE is less affected by
aging increasing or decreasing very slightly, probably as
an effect of the industrial conditions applied.

breakdown of wood microstructure that is related with
loss in strength [25, 26].
3.3 COLOR CHANGES
The initial lightness values of T-Ash and T-Pine were
significantly lower than Ash and Pine (approximately 50 % L), also the values a, b were different; so that
changes over time were analyzed for each group of
samples.
The color differences (ΔL, Δa, Δb ) after 3-6 months and
20-40 artificial cycles were quite evident in unmodified
samples and less noticeable in heat-treated samples
(Table 5), being in general a positive outcome when is
used as building material, adding advantages in terms of
durability and aesthetic effect [25].
Table 5: Color values after and before weathering
Weathering

Figure 4: changes of MOE (adjusted) after weathering
conditions

The variations in the MOR over time are visualized in
Figure 5, where unmodified samples does not show any
correlation regarding exposition time, and with lower
values in Ash aged at natural conditions, and without
statistical changes when was artificially aged; although
the strength values on natural and artificially weathered
pine were slightly improved. These results are due to
sampling heterogeneity, since samples were randomly
selected. However this results could represent what
happens at industrial level where properties are never
perfectly homogeneous [6, 9].
On the other hand, modified samples were quite stable
over time with statistically steady values either in T-Ash
or T-Pine, in both natural and artificial weathering
conditions. Moreover, the results showed higher strength
values on T-Pine than on T-Ash, an advantage on this
softwood specie.

Initial

Natural

Parameter
Ash
(D65)
77.26
L
±1.23
6.59
a
±0.81
20.24
b
±0.36

TAsh
35.28
±0.87
8.65
±0.41
14.51
±0.44

65.36
±3.12
4.25
±0.15
19.79
±1.77
63.34
±2.03
5.11
±0.77
20.33
±1.37

L
a
b

Artificial

L
a
b

83.38
±1.89
4.23
±0.44
22.65
±1.12

TPine
46.26
±0.73
12.68
±0.33
23.29
±0.28

31.14
±0.44
6.28
±0.33
10.76
±0.88

72.36
±2.66
3.91
±0.11
22.16
±0.44

45.73
±0.21
12.05
±0.54
22.61
±0.47

33.21
±1.12
8.67
±0.74
13.39
±0.21

68.05
±1.88
7.59
±0.53
26.46
±1.79

48.29
±0.45
12.5
±0.44
26.93
±1.04

Pine

Regarding the color changes in Ash samples (figure 6),
negative values of lightness (ΔL) indicate that the
surfaces were getting darker after weathering conditions,
especially after 3 months of natural weathering, but at
the end of the tests the lightness value was equally low
in both aging tests. The value a decreased indicating an
inclination of wood surface to become greener [7, 26].

Figure 5: changes of MOR after weathering conditions

The stability of T-samples represents its dimensional
stability and also lower leachability than untreated wood,
minimizing the light-induced depolymerization of lignin
and extractives compounds, thus avoiding the early

Figure 6: Color changes of Ash after weathering conditions
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On the other hand, T-Ash presented much lower
variations in ΔE values than Ash wood. In the natural
weathering L and a values were slightly decreased to the
dark-green range but was not perceptible. The changes
after artificial test were also minimal.
In general, the T-Ash presents higher color stability than
Ash wood, with low ΔE corresponding to stable color.
Consequently, it can be said that T-Ash has increased the
wood color stability being the surfaces more durable
against the weathering process.
The lignin content plays an important role in the color
stability by protecting surface changes [27]. After heattreatment the lignin content of T-Ash was 30% higher
than Ash wood. Thus, changes in chemical proportions
improve the stability of T-samples against the
weathering process [28, 29].

Figure 8: Color changes of Pine after weathering conditions

The increased lignin content could be an explanation for
the steady results after heat treatment observed in TPine, where the color stability during weathering was
improved [26].
Analyzing the results of natural aging shows that the
natural light, and UV exposition have converted the
surfaces lighter after 6 months, however in extended
time the light colored wood could vary to be silver gray
color which is predominant after 16 months [31].

Figure 7: Color changes of T-Pine after weathering conditions

Concerning untreated Pine after weathering (Figure 8),
positives values of lightness were found, indicating that
the surfaces were turning lighter after both weathering
conditions, and with a maximum increase when was
artificially weathered; this effect was contrary to the
dynamic evolution of untreated Ash.
The values a and b decreased during the artificial
weathering indicating that wood surface was shifting by
weathering to become lighter-yellow and finally obtain a
silver-gray color. These changes are common when
wood tends to yellowing coloration [27, 29]. Moreover,
the pine wood exposed to the outdoors or artificially is
affected very rapidly [30].
These changes in color are also due to the chemical
breakdown of lignin and extractives, and probably the
bleaching effect in Pine wood occurs before the
browning becomes observable, since all wood surfaces
will eventually turn gray when are exposed to
weathering [31].
With respect to T-ash samples, the change trends were
similar to that found in Ash wood but were presented
much lower deviations in ΔE (Figure 9). After natural
weathering, L and b values were slightly increased to the
lighter and yellow range, following the tendency to
become yellower but at a slower rate, while a
chromaticity coordinate remained stable during both
weathering conditions [27].

Figure 9: Color changes of T-Pine after weathering conditions

Finally, the color stability of T-samples after weathering
is due to the weathered mechanism on heat-treated
wood, which consists of degradation of lignin matrix and
extractives, which lightens or darkens the wood surfaces.
At the same time, the leaching process of other wood
components occurs, and thus the color returns back to
initial values and color differences are declined. The
speed and extent of weathering effects depends on the
thermally modified species and on temperature of
treatment [4-6, 31].

4 CONCLUSIONS
After natural or accelerated weathering cycles, heattreated specimens presented a positive evolution on
some physical-mechanical properties. The wood density
was less affected by aging on T-Ash and T-Pine than on
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untreated samples, also the moisture content and the
lower leachability lead to a better dimensional stability.
Remarkable that T-Pine was more durable than untreated
Pine wood, referring to the dynamic conduct of the
hardness. Moreover, the MOE was less affected in heat
treated samples achieving large plastic deformation,
probably due to changes in the matrix influenced by the
type of industrial treatment.
On the other hand, even if the MOR values were
diminished after modification, T-samples were quite
stable over time with statistically steady values under
weathering conditions. Moreover, strength values in TPine were higher than in T-Ash, an advantage on this
softwood specie.
The color stability of T-samples represents dimensional
stability and lower leachability than on untreated wood,
minimizing the light-induced depolymerization of lignin
and extractives compounds.
The results suggest an increase in the perspectives of
uses of heat-treated wood as building material, showing
stable values on the physical-mechanical properties over
time.
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PERFORMANCE OF FAÇADE ELEMENTS MADE OF FIVE DIFFERENT
THERMALLY MODIFIED WOOD SPECIES ON MODEL HOUSE IN
LJUBLJANA
Boštjan Lesar1, Miha Humar1, Davor Kržišnik1, Nejc Thaler1, Mojca Žlahtič1
ABSTRACT: Importance of wood as a building material is increasing. Wood used for wooden façades belongs to
severely exposed surfaces. The quality of a wooden façade is defined by the right choice of wood species, precise
installation and professional execution of details. The wooden façade and decking exposed in realistic conditions on a
model house located in the garden of Department of Wood Science and Technology at the Biotechnical Faculty, Ljubljana,
Slovenia has been continuously monitored for the last two and a half years. Elements made of unmodified and thermally
modified Norway spruce (Picea abies), European larch (Larix decidua), common beech (Fagus sylvatica), linden (Tilia
sp.) and ash (Fraxinus excelsior) were used for the façade and decking. Since 30 months was not sufficient for
development of fungal decay special emphasis was given to aesthetic changes, mostly to determination of blue staining
and colour changes. These two parameters were linked to material inherent properties, moisture performance, outdoor
conditions, surface condensation and exposure to sun radiation.
KEYWORDS: Façade, decking, modified wood, model house, blue stain fungi

1 INTRODUCTION 123
Importance of wood as a building material is increasing in
the recent decades in most of the Central Europe. Thus
nowadays more and more wooden façades can be seen,
decorating all types of buildings. The fact that a wooden
façade is highly exposed to photo-degradation, and even
more to blue staining, should not be overlooked. Various
types of discolorations are predominate reasons for
customers complains, and guarantee issues. In the past,
façades were mainly made of non-durable wood species
with surface coatings. However, recent trends favour nontreated wood that turns grey after certain period of
exposure. Beside usual wooden materials (larch, Douglas
fir …) thermally modified wood is frequently used for
façade and decking applications.
Thermal modification is one of the most commercially
important modification procedures [1]. Properties of the
products depend on the mass loos during modification
process which is influenced by modification temperature
and duration. Different wood species need different
modification temperatures and durations for the same
mass loss. Softwood species need higher temperatures
and/or longer time to reach high mass loss in comparison
with hardwood species [2, 3]. The heat treatment of wood
changes its chemical composition by degrading cell wall
1
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compounds and extractives. The most prominent
degradation occurs on hemicelluloses, while cellulose and
lignin are affected in minor extend [1]. Percentage of the
remaining lignin increases with higher temperature of
modification [3]. Most of the extractives evaporate or
degrade during the heat treatment, especially the most
volatile ones [1].
Mechanism of photodegradation and weathering of
thermally modified wood exposed in outdoor conditions
is not yet fully elucidated. Photochemical degradation is
manifested by an initial colour change followed by loss of
gloss, roughening and checking. Lignin is the most
sensitive wood constituent for weathering due to its ability
to absorb UV-light. The subsequent degradation process
occurs through radical reactions, due to the formation of
free radicals in the lignin. It has been shown that a
combination of UV-light and water has a greater effect on
the chemical reactions than UV-light alone, because of
leaching of degradation products out of the wood [4].
Changes in wood colour are therefore a direct indication
of chemical and/or biological changes [5]. However, it
should be considered that weathering is only a surface
phenomenon, which influences the aesthetic service life
of the wooden façades and decking [6]. Changes in wood
during thermal modification process influence also the
1

Nejc Thaler, University of Ljubljana, Biotechnical faculty,
Department of wood science and technology,
1
Mojca Žlahtič, University of Ljubljana, Biotechnical faculty,
Department of wood science and technology.

WCTE 2016 e-book | 381

photodegradation of wood exposed to weathering.
Photodegradation of amorphous carbohydrates is less
pronounced on thermally modified wood, than on natural
wood. On the other hand chemical alteration of the lignin
structure and increase in the relative percentage of lignin
during thermal modification do not prevent
photodegradation of lignin[7].

Façade and decking were exposed in October 2013
(Figure 1 and Figure 2).

Other factors which influence the aesthetic service life of
wooden façades and terraces are discolorations caused by
mould fungi. Surface moulds do not degrade wood but use
freely available carbohydrates, simple sugars and starch
for their growth. Life expectancy of wood and woodbased products utilised in buildings is related to a number
of factors [8] such as; wood properties, quality of
manufacturing, building design, interactions with other
materials, preservative or surface treatment, material
climate and local climate [6]. If any of the predominant
factors for mould growth are sub-optimal, biological
activity may be retained or prevented.
In spite of the fact that thermally modified wood is on the
market for almost two decades, the complete mechanism
of improved durability is not fully elucidated. In the recent
researches, another aspect has drawn considerable
attention, better sorption properties that reflect in the
lower equilibrium moisture in the climate with high
relative humidity. On the other hand the permeability of
thermally modified wood for liquid water increases.
Hence, field test studies with moisture monitoring of
thermally modified wood (especially if modified to higher
degrees) revealed that such wood uptakes a lot of water,
which leads to the development of favourable conditions
for fungal and sometimes even for bacterial growth [9].
The aim of the presented paper was to elucidate the
aesthetical performance of modified wood at the
beginning of exposure, and to determine the most
important factors that could influence colour changes due
to weathering and blue staining.

2 MATERIALS AND METHODS
Experiment was performed on the east and west façade
and decking elements made of Norway spruce (Picea
abies), European larch (Larix decidua), common beech
(Fagus sylvatica), linden (Tilia cordata) and ash wood
(Fraxinus sp.). All wood species were applied as façade
and decking in non-modified and thermally modified
form. Wood was modified according to Silvaprodukt
commercial procedure (Silvapro®) [2]. Temperatures of
modification were between 200 °C and 230 °C, depending
on wood species.
Cross-sections of façade and decking elements were
2.5 cm × 5.0 cm. Decking elements were positioned
horizontally on the ACQ treated spruce beams 0.5 m
above ground in monolayer using steel fasteners. Model
house is located on the field test site of Department of
Wood Science and Technology in Ljubljana (46.048721,
14.479568), approximately 300 m above the see level.

Figure 1: West side of the model house at the test field site of
Biotechnical faculty, Department of Wood Science and
Technology in Ljubljana at the beginning (up) and after 30
months (down) of exposure.

There are different continuous and non-continuous
measurement techniques used. Façade and decking
elements are equipped with temperature sensors
(Scanntronik, Germany) and wood moisture sensors
(Gigamodule, which enables wood MC measurements
between 6% and 60%). Moisture content is logged twice
a day at midnight and noon. Data from all sensors was
collected on Thermofox data loggers (Scanntronik,
Germany). Surface temperatures were collected every
hour.
Beside these measurements, colour changes of materials
was determined with Erichsen Colour Measuring Device
EasyCo 566 and expressed in CIE L*a*b* colour space.
Blue staining was assessed occasionally according to
modified standard EN 152-1 (1999). Evaluation of surface
blue staining was performed using a rating scale from 0 to
4:
0 = not blue stained: no blue stain can be detected
visually on the surface;
1 = weakly blue stained: few spots of blue stain on
the surface;
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2 = slightly blue stained: small areas of blue stain
none larger than 1.5 mm in width and 4 mm in
length.
3 = moderately blue stained: the surface is partly
stained up to a maximum of one third of the total
area.
4 = severely blue stained: major parts of wood
stained.
Weather station Davis is positioned next to the house in
order to obtain accurate weather information
(temperature, humidity, wind, rain ...). On the façade there
are custom made sensors that enable monitoring of water
condensation and solar radiation. These sensors are
positioned on white plastic surfaces. Condensation and
solar radiation was collected from 16th April 2015 till 15th
April 2016 every 15 minutes.

month ∆E was between 15.5 (Beech) and 20.1 (TMT
Spruce) (Table 1). High values of the first changes in
colour do not necessary indicate the intensity of the
changes in the future months. In the first five months
higher colour changes (∆E) were observed on the
thermally modified materials. Colour of these materials
become grey faster than untreated wood. Untreated
materials were much brighter than thermally treated
cladding and decking elements. This is a reason for higher
colour changes of the untreated materials. On the
untreated spruce and ash cladding elements colour
changes was the most prominent.
Table 1: Colour changes ∆E on façade and decking elements
exposed on model house.
Material
Spruce
TMT
Spruce
Larch
TMT
Larch
Beech
TMT
Beech
TMT
Linden
Ash
TMT Ash

Material
Spruce
TMT
Spruce
Larch
Figure 2: East side and decking of the model house at the test
field site of Biotechnical faculty, Department of Wood Science
and Technology in Ljubljana at the beginning (up) and after 30
months (down) of exposure.

3 RESULTS AND DISCCUSION
3.1 Colour changes and blue staining
The colour stability of the materials used for cladding and
decking on wooden model house unit was examined by
means of the amount of the colour difference ΔE. Due to
technical difficulties after first month of exposure colour
was measured only on some cladding elements. However,
at that period the weather was sunny, which presumably
results in prominent colour changes. Already after first

TMT
Larch
Beech
TMT
Beech
TMT
Linden
Ash
TMT Ash

Position
Façade
Decking
Façade
Decking
Façade
Decking
Façade
Decking
Façade
Decking

Months after exposure
1
5
7
10
∆E
18.6
18.6
18.7
19.2
27.6
27.1
30.8
20.1
22.0
23.1
21.6
10.4
12.2
9.5
19.1
18.5
22.0
16.2
19.2
17.7
20.4
19.8
18.8
19.3
17.1
15.3
15.0
9.8
15.4
11.7
10.3
7.9
11.0
13.4
15.9

Decking

19.0

15.2

14.6

Façade

25.7

30.3

28.4

Façade
Decking
Façade
Decking

23.7
26.9
16.9
13.3

24.3
28.4
19.0
18.4

17.3
31.7
21.3
19.1

15.5

Façade
Decking
Façade
Decking
Façade
Decking
Façade
Decking
Façade
Decking

Months after exposure
12
18
24
30
∆E
19.6
24.4
28.2
30.8
30.1
29.5
39.5
38.7
21.6
19.2
15.2
13.1
11.6
9.3
5.2
1.8
12.3
13.4
14.8
18.0
18.2
17.7
19.4
22.9
16.3
15.2
13.6
12.0
13.6
13.0
12.1
9.4
7.1
9.9
12.0
13.9
17.7
17.5
21.5
21.8

Decking

17.1

13.4

9.7

8.0

Façade

30.7

27.7

28.7

25.5

Façade
Decking
Façade
Decking

33.9
21.6
19.9

28.5
37.6
24.0
18.8

32.2
39.4
19.7
11.8

31.1
42.0
26.3
8.6

Position

ΔE 0.0 – 10.0 10.1 – 20.0

20.1 – 30.0

>30.1
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After 30 months of exposure ΔE was 30.8 (spruce) and
31.1 (ash). Meanwhile a colour change of these two
materials on decking was still higher, up to 42.0 (ash). As
we mentioned, colour change of thermally modified
material become grey faster, than unmodified materials,
especially on decking. Colour changes of thermally
modified materials exposed on the façade and decking
between 12 and 30 months were minimal. On the other
hand colours of the untreated materials still change in
certain extend even after 30 months.

considerably more exposed to wetting, as well as to solar
radiation.

Table 2: The evaluation of surface blue staining using a rating
scale from 0 to 4 of different materials on façade.
Months after exposure
Material
Spruce
TMT
Spruce
Larch
TMT
Larch
Beech
TMT
Beech
TMT
Linden
Ash
TMT
Ash

0,7
0,0
0,0
0,0
1,0

3
1,6
2,5
0,0
0,0
1,3
1,0
0,1
0,0
2,6
1,3

5*
1,9
0,0
2,0
0,6
2,9
-

7*
2,1
0,8
2,0
0,7
3,7
-

12
2,3
x
1,5
x
2,9
x
0,9
x
3,7
x

Decking

0,0

0,0

0,0

0,0

0,0

x

-

Façade

0,0

0,2

1,4

1,6

2,7

3,1

2,9

Façade
Decking
Façade
Decking

0,0
1,9
0,0
0,0

1,8
2,3
0,0
0,0

2,8
1,1
-

4,0
1,5
-

4,0
x
1,0
0,0

4,0
x
2,7
x

x
4,0
-

Façade
Decking
Façade
Decking
Façade
Decking
Façade
Decking
Façade
Decking

1
0
1,8
0
0,0

20 30*
x
x
x
2,2 3,8
x
3,0 4,0
x
2,0 x
x
3,0 4,0
x
-

x- It was not possible to distinguish between staining and
weathering.
*Decking elements were not evaluated in 5, 7 and 30
months
0.0 – 1.0 1.1 – 2.0
2.1 – 3.0 3.1 – 4.0
Other very important factor which influences the
aesthetics of the façade and decking is discoloration
caused by fungi. Blue staining of the façade elements of
the model house was evaluated periodically. As the
samples are mounted on the façade and decking only
visible surface was assessed. Due to variety of the
materials and colours we did not differentiate between the
moulding and staining fungi. Colour spectra can be
resolved from colour changes. On spruce, larch, linden
and ash first blue stain fungi appeared already after 4
weeks of exposure. Meanwhile first blue staining on
modified woods was observed after 10 weeks. Blue stain
fungi were present on unmodified wood in higher amount
than on thermal modified materials (Table 2, Figure 3).
Another obvious result is that blue staining on decking
was considerably more obvious than on the façade.
However, after 12, 20 or 30 months we were not able to
fully distinguish blue staining on the weathered surface.
These results are heavily correlated with solar radiation
and water condensation measurements. Decking is

Figure 3: Schematic representation of colour changes of façade
and decking elements after 30 months

Solar radiation varied during year. Measurements show
that the highest solar radiation was on decking and façade
on May and June 2015. On the summer months was also
the highest difference between solar radiation on decking
and west and east side. In July was 5.5 times more solar
radiation on the decking than on façade. On the other hand
on winter months was solar radiation only 1.5 times
higher on decking than on façade (Table 3). But sill
decking was in last year approximately 10% longer wet
due to condensation in comparison with façade (Table 4).
All this differences reflects in much more prominent
greying of the decking, compared to façade.
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Table 3: Amount of solar radiation (Wm-2) during one year
(from 16. 4. 2015 until 16. 4. 2016) on decking and façade
elements on model object.
Year

2015

2016

Month
4
5
6
7
8
9
10
11
12
1
2
3
4

Decking
144.621
798.307
791.832
438.241
251.469
112.368
49.078
39.829
34.640
36.433
46.997
141.727
154.692
sum
3.040.235

Façade
Factor
36.441
4.0
166.484
4.8
151.818
5.2
80.277
5.5
49.043
5.1
30.550
3.7
20.566
2.4
33.168
1.2
20.035
1.7
29.985
1.2
28.815
1.6
65.555
2.2
59.043
2.6
sum
771.779 average 3.9

MC than façade elements. Median MC of façade elements
was 11.0%, while considerably higher median values
were determined for decking (19.5%).
Table 5: Selected weather data for Ljubljana in year 2014 and
2015. Data from official weather station 2 km away from model
object. (www.meteo.si)

Year

2014

Table 4: Average temperature and sum of condensation (h) on
decking and façade elements on model object during one year
(16 .4. 2015 until 16. 4. 2016).

Year

2015

2016

Month
4
5
6
7
8
9
10
11
12
1
2
3
4

Decking
Façade
Condensa- T
Condensa
tion (h)
(°C) -tion (h)
T (°C)
12.5
153 12.7
79
17.0
319 16.6
258
21.2
256 20.3
194
24.9
215 23.9
160
21.4
298 21.0
259
15.5
356 15.9
295
9.9
496 10.5
489
4.9
425
6.0
458
1.7
539
2.5
593
-0.6
449
0.4
529
4.4
451
5.1
439
6.4
312
6.9
231
13.8
136 13.9
67

3.2 Moisture content
Moisture content of wood is of considerable interest from
the performance perspective as well. Sufficient moisture
content and temperature is required for fungal growth.
Minimal required MC varies in the literature data. A
recent study [10] indicates that minimal MC content
varies between 15% and 50% depending on the wood
decay fungi and material investigated. However, most of
the optimal values are positioned between 20% and 30%.
Optimal values for modified wood were even a bit lower,
ranging between 16% and 24%.
In order to determine moisture performance of TMT
spruce and spruce on different application scenarios,
moisture content of façade and decking applications were
monitored for between 580 and 720 days. It can be
resolved from Table 6 and Figure 4 and 5 that decking
elements were considerably more exposed, and had higher

2015

Average
temp.
Month (°C)
1
2
3
4
5
6
7
8
9.
10
11
12
Year
1
2
3
4
5
6
7
8
9
10
11
12
Year

5,4
4.4
10
13.1
15.7
20.2
20.8
19.6
16.2
13.6
8.8
3.9
12.6
2.8
2.4
7.6
11.8
17
20.6
24.3
22.3
16.5
11
6.9
2.6
12.2

Rainfall
(mm)

Sun (h)

172
281.4
35.4
97.5
94
131.4
130.3
205
203.6
163.4
248.6
87.9
1850.5
69.7
64.3
105.1
46.8
114.9
150.4
117.6
96.4
151.7
143.8
44.8
0.9
1106.4

28,6
45.8
188.3
159.4
233.4
257.5
210.9
198.8
125
141.8
42398
77.3
1695.9
68.9
76.2
188.4
229.7
201.8
275.2
294.7
250
163.2
83.5
128.4
74.7
2034.7

No. Of
days
with
participa
-tion
17
21
9
14
15
14
21
14
17
11
21
15
189
11
12
9
8
12
10
10
11
12
17
5
5
122

If the materials on the façade are ranked from the lowest
median MC to the highest it can be seen that thermally
modified materials performed considerably better than
non-modified materials. The lowest median MC was
determined at ash TMT (7.2%), linden TMT (8.1%),
spruce TMT (10.1%) and larch (10.5%). Moisture content
of non-modified wood was higher; ash (11.4), beech
(12.2%), larch (12.8%) and the highest at spruce (15.8%).
Similar relationships were determined if there were other
parameters used as criteria. For example there were only
9 up to 30 days during 2 years exposure, when specimens
had MC above 25%. It should be considered, that façade
elements were vertically positioned, and there was small
roof above the specimens. This roof protected the
specimens from the majority of the rainfalls. Therefore,
the excellent sorption property of thermally modified
wood predominately affects the wood moisture content.
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Table 6: MC of non-modified and modified wood on the façade
and decking.
Wood

Beech

TMT
Beech

Larch

TMT
Larch

Spruce

TMT
Spruce

TMT
Ash

TMT
Ash/Lin
den

No. of measurements
Median
u > 20%
u > 25%
u > 30%
Min
Max
u >20% & T >20 °C
No. of measurements
Median
u > 20%
u > 25%
u > 30%
Min
Max
u >20% & T >20 °C
No. of measurements
Median
u > 20%
u > 25%
u > 30%
Min
Max
u >20% & T >20 °C
No. of measurements
Median
u > 20%
u > 25%
u > 30%
Min
Max
u >20% & T >20 °C
No. of measurements
Median
u > 20%
u > 25%
u > 30%
Min
Max
u >20% & T >20 °C
No. of measurements
Median
u > 20%
u > 25%
u > 30%
Min
Max
u >20% & T >20 °C
No. of measurements
Median
u > 20%
u > 25%
u > 30%
Min
Max
u >20% & T >20 °C
Wood species
No. of measurements
Median
u > 20%
u > 25%
u > 30%
Min
Max
u >20% & T >20 °C

Decking
1395
19.1
611
321
110
6.9
35.9
37
1205
11.4
21
15
9
-8.9
35.1
1
1395
18.6
531
292
59
8.6
34.9
26
1395
11.7
60
1
0
4.3
26.3
16
1396
21.9
977
398
171
4.5
54.0
150
1396
28.4
1112
883
619
3.2
54.2
174
1395
19.8
688
451
229
3.3
41.3
68
Ash
1382
14.1
131
14
0
7.9
27.3
0

Façade
1173
12,2
97
35.5
13.5
4.9
39.6
0.5
1443
22.5
930
520
166
3.3
39,5
141
1328
12.8
50.5
19.5
15.5
6.4
37.7
2
1443
10.5
41
17.5
4
3.4
31.5
6
1443
15.8
117.5
26
15
6.0
59.9
3.5
1328
10.1
59
30
14
4.4
44.4
3
1328
7.2
36,5
22
7
2.6
31.7
3
Lin.TMT
1205
8.1
84
66
50
3.2
84.8
8

On the other hand, the opposite relationship was
determined on the decking elements. With the exception
of TMT larch, all thermally modified materials performed
considerably worse than non-modified alternatives.
The highest median MC was determined at TMT spruce
(28.4%), and MC of TMT beech was 22.2%.
The reason for increased water uptake is linked to some
anatomical changes like destruction of tracheid walls, ray
tissues, pit de-aspiration due to heat treatment, and thus
increase in the wood cell wall porosity [11].
One of the reasons for good performance of TMT larch is
fact that larch in general has good moisture performance.
Secondly, larch was modified to the lowest degree and
thus retained good sorption properties and unchanged
permeability.
The outcome of the moisture studies indicates, that not
only sorption properties, but other physical properties of
the modified wood reflect the performance of the
modified wood during outdoor exposure, predominantly
during and after extensive rain. Moisture performance is
a function of sorption properties, surface properties and
permeability.

4 CONCLUSIONS
Colour changes and growth of blue stain fungi on façade
and decking elements were heavily correlated with solar
radiation and water condensation. Colour changes were
more prominent on untreated wood then on thermally
modified wood. But thermally modified wood become
grey faster than untreated wood.
It was proved that decking elements has much higher
moisture content then façade elements. Thermally
modified elements had lower moisture content then
untreated wood when used as the façade elements. On the
other hand, modified wood used in the decking
applications have higher MC that untreated wood with
exception of TMT larch that was modified at lower
temperatures. The main reason for higher MC of modified
wood in decking applications reflects in the fact that
permeability of the TMT wood increases after
modification. The main reason for this occurrence is
formation of micro cracks, degradation of tylosis, pits
deposits.

WCTE 2016 e-book | 386

Figure 4: Changes of MC of non-modified and modified beech wood in the façade and decking.

Figure 5: Changes of MC of non-modified and modified larch wood in the façade and decking.
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PERFORMANCE OF WINDOWS AND FAÇADE ELEMENTS MADE OF
THERMALLY MODIFIED NORWAY SPRUCE Picea abies IN
DIFFERENT CLIMATIC CONDITIONS
Aleš Ugovšek1, Barbara Šubic1, Gr or R 2, Miha Humar3, Boštjan Lesar3,
N j Thal r3, Christian Bris h 4, D nnis Jon s , José Ignacio Lozano

ABSTRACT: Thermally modified wood is getting increasingly popular material for different applications in buildings.
Windows and façade elements made of thermally modified Norway spruce and non-modified Norway spruce were
installed in test objects which were exposed at five locations in Europe (Slovenia, Germany, Sweden, and Spain). Results
showed that elements and windows made of thermally modified spruce has considerably lower wood moisture content
compared to ones made of non-modified spruce and that wax positively influences on it. Insulation of windows made of
thermally modified spruce was higher compared to windows made of non-modified spruce. Colour changes of thermally
modified spruce were quicker compared to non-modified spruce but were successfully slowed down with an addition of
pigment in wax.
KEYWORDS: Façade, Norway spruce, thermally modified wood, wax, window

1 INTRODUCTION 123
Timber is one of the most important materials in the
building sector. It is used in manifold applications like
construction elements, carpentry, or wood joinery. Based
on the use of timber in buildings it is of great importance
to select appropriate wood species and wood treatments to
assure long lifetime of specific elements and consequently
the entire building. Timber windows in Europe are
traditionally produced from spruce, pine or larch. Larch
( ari si irica) used for windows is frequently imported
from Siberia due to large quantities of this material
whereas Norway spruce ( icea a ies) and Scots pine
( inus syl estris) are more widely available European
wood species. Façade elements are also usually made of
softwood species and generally not surface treated
whereas windows are coated with synthetic coatings or
oils. Due to the goal to use domestic wood species, there
is a need for appropriate treatment to improve the
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durability and prolong the service life of installed
elements. Thermal modification is a convenient and one
of the most environmentally friendly procedures which
increases durability and hydrophobicity, and decreases
thermal conductivity of spruce by almost 20 % [1-4]. To
protect wood even better, the hydrophobicity of the wood
surface should be increased to slow down the moistening
of wood. Application of natural waxes is an emerging and
innovative way to treat wood and increase the
hydrophobicity of the surface [5]. In the scope of the
WINTHERWAX project (Horizon 2020, SME
Instrument), various wood species with or without
coatings were exposed to natural environment at different
places in Europe. Different characteristics of wood were
monitored to gain information about the influence of
different climatic conditions, wood species, thermal
treatment and surface treatment on the properties of
timber used as windows and façade elements. Spruce and
thermally modified spruce in façade elements and
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windows were considered in this paper and wood
moisture content (MC), thermal insulation and colour
changes were evaluated at different locations.

2 MATERIALS AND METHODS
Certified timber passive windows (M SORA Nature
Optimo XLT) and façade elements made of thermally
modified spruce were exposed in different parts of
Europe, including sites with extreme climatic conditions.
The selected test sites were located in Žiri (ZI) and
Ljubljana (LJ) (Slovenia), Hannover (HAN) (Germany),
Skellefteå (SKE) (Sweden), and Madrid (MAD) (Spain).
Three windows made half of non-modified (NMS) and
half of thermally modified (TMS) Norway spruce (Figure
1) were installed in test objects with regulated internal
temperature of 25 °C which were constantly rotating with
a frequency of one revolution per hour to diminish the
effect of orientation of the test object (Figure 2).

Figure 2:

R

test o ject

Windows were surface treated with (I) naturally based
il acera® wax (W) (Silvaprodukt d.o.o.), which was
developed within the WINTHERWAX project, (II)
commercial synthetic coating (C) and (III) commercial oil
(O). Façade elements considered in this paper were
surface coated with il acera® wax. Wax in the form of
water emulsion was applied on the surface of elements
with initial dipping of specimens for 30 s and further
heating of elements at 120 °C for 1 hour. Synthetic
coating was applied with float coating of initial two layers
and spraying of the final top layer whereas oil was applied
with a brush.
2.1 WOOD MOISTURE CONTENT OF FAÇADE
ELEMENTS AND WINDOW PROFILES
Wood MC was determined in the core of façade elements
and window profiles from October 2015 to March 2016
using electrical resistance sensors (Gigamodule,
Scanntronik) (Figure 3). MC was recorded every 12 h and
calculated from electrical resistance and temperature
based on the method developed by Brischke and Lampen
[6]. Four façade materials were analysed and compared:
Figure 1: in o ma e hal o
right installe in test o ject

le t an hal o

Spruce for windows was thermally modified at highest
temperature of 220 °C whereas spruce for façade elements
was modified at the highest temperature of 230 °C
according to il apro® (Silvaprodukt d.o.o.) thermal
modification in vacuum.

1.
2.
3.
4.

Non-modified spruce (NMS)
Thermally modified spruce (TMS)
Thermally modified spruce with wax (TMSW)
Thermally modified spruce with wax and added
in-can preservative (TMSWI)
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2.2 COLOUR CHANGES OF FAÇADE
ELEMENTS AND WINDOW PROFILES
Colour changes of materials were recorded before initial
exposure of test objects at final locations and after three
months with a transportable colorimeter (Erichsen)
(Figure 5). Colour changes were evaluated using CIE
L*a*b* colour system and ΔE was calculated and used for
comparison of colour changes among different
specimens. Average values of each façade elements are
calculated from at least 21 measurements (three
measurements per façade element), whereas average
values of window materials were calculated from four
measurements. Five façade materials and two window
materials were analysed and compared:
Figure 3: lectrical resistance sensors or measuring oo
C

Additionally two materials with three different surface
coatings in windows were evaluated and average MC
were compared (Figure 4):
1.
2.
3.
4.
5.
6.

NMS with synthetic coating (WinNMSC),
TMS with synthetic coating (WinTMSC),
NMS with commercial oil (WinNMSO),
TMS with commercial oil (WinTMSO)
NMS with wax (WinNMSW)
TMS with wax (WinTMSW)

1.
2.
3.
4.
5.
6.
7.

Non-modified spruce (NMS)
Non-modified spruce with wax (NMSW)
Thermally modified spruce (TMS)
Thermally modified spruce with wax (TMSW)
Thermally modified spruce with wax and
addition of 2 % Silvaprodukt No. 3 pigment
(TMSWPig)
NMS with wax at window (WinNMSW)
TMS with wax at window (WinNMSW)

Figure 5: ur ace colour measurements ith a transporta le
colorimeter

2.3 DIFFERENCES BETWEEN INNER SURFACE
TEMPERATURE OF WINDOW PROFILES
Inner surface temperatures on the waxed window profiles
(WinNMSW and WinTMSW) and outside air
temperatures were measured each hour from October
2016 with Scanntronic sensors and Thermofox
dataloggers (Figure 4). Surface temperature difference
(ΔT) was calculated as:
ΔT = T (WinTMSW) – T (WinNMSW)

Figure 4: ensors or measuring oo
temperature o in o s

C an sur ace

and correlated to outside air temperature of city Skellefteå
where the lowest outside temperatures were achieved.
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3 RESULTS
3.1 WOOD MOISTURE CONTENT OF FAÇADE
ELEMENTS AND WINDOW PROFILES

Table 1: Average temperature and rainfall values for test sites

Av. annual T ( °C)
Av. January T ( °C)
Av. July T ( °C)
Annual rain (mm)

LJ
10.4
-0.1
20.4
1290

ZI
9.8
0.1
19.4
1271

MAD
13.7
5.0
24.0
450

NMS

TMS

TMSW

TMSWI

HAN
8.8
0.3
17.1
666

SKE
1.9
-11.0
15.5
559

Wood MC

MC of wood is one parameter that indicates performance
of wood against wood decay fungi. Sufficient MC and
temperature is required for biodegradation processes such
as fungal growth. Various minimal required MC have
been reported in the literature data. Recent studies of
Meyer and Brischke [7] indicates that minimum MC
content varies between 15 % and 50 % depending on the
wood decay fungi and material investigated. However,
most of the optimal values are positioned between 20 %
and 30 %. Optimal values for modified wood were even a
bit lower ranging between 16 % and 24 %.

technique diminishes above fibre saturation and therefore
y-axes is shown without units but scale is the same at all
graphs. Furthermore, after only six months of monitoring
the results should still be regarded as preliminary.

12:00:00
6.10.2015

12:00:00
15.11.2015

12:00:00
25.12.2015

Figure 6: oo moisture content o façade elements at
ju ljana test cu e

However, it should be considered that besides MC, there
are some other properties that influence the service life.
One of the key properties is wood durability. Therefore,
we should consider MC as an indication to performance
and service life. From Figures 6-10 it can be clearly seen,
that the locations used in this study can be divided into
two groups. MC of wood monitored in Ljubljana, Žiri, and
Hannover was considerably higher than in Madrid and
Skellefteå, which is correlated to precipitation and
temperatures at the test locations (Table 1). Madrid is
known as a dry place with low rainfalls. On the other hand
the temperatures in Skellefteå are low and water remains
in the form of ice for longer than the other sites. Ljubljana
and Žiri are locations with high amount of rainfall and
snow in winter, whereas Hannover has higher humidity
and more constant but less intensive rainfall compared to
Ljubljana and Žiri. The highest moisture content was
determined in Žiri at NMS. This is a result of the extensive
rainfalls and melting of snow. However, it should be
considered, that the accuracy of the resistance based

12:00:00
3.2.2016

12:00:00
14.3.2016

Tested materials perform differently in different
locations. However, it should be considered that there
were different regimes present at respective locations. In
Skellefteå (Figure 10) the majority of the rainfalls appear
in the form of snow. Snow does not have direct effect on
the MC, but it influences MC when melting. On the other
hand there were not many periods of rainfall in Madrid
(Figure 8). In Madrid, NMS has higher MC, if compared
with variously treated TMS. This result was somehow
logical, as in the absence of the rainfalls, only sorption and
desorption influences the MC of the exposed samples.
Equilibrium moisture content of TMS is considerably
lower than MC of NMS which can be seen from the
presented results as well.
MC of TMS was higher than MC of NMS in Ljubljana
(Figure 6), Žiri (Figure 7) and Hannover (Figure 9). The
prime reason for increased water uptake presumably
originates in the small cracks in the axial surface that act
as capillaries and increases the water uptake into the
specimens during weathering. Outdoor exposed wax
treated samples (TMSW) performed well, especially if
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wax was combined with in-can preservative (TMSWI).
Performances were good at most locations where cubes
are exposed. In-can preservative prevents growth of the
blue stain fungi on the top of the wax treated wood. It was
clearly shown in a previous study that blue stain fungi can
considerably increase the water uptake of wood [8].

TMS
TMSWI

Wood MC

NMS
TMSW

12:00:00
6.10.2015

12:00:00
15.11.2015

12:00:00
25.12.2015

12:00:00
3.2.2016

12:00:00
14.3.2016

Figure 7: Wood moisture content of façade elements at Žiri
test cu e

TMS

TMSW

TMSWI

Wood MC

NMS

0:00:00
13.11.2015

0:00:00
23.12.2015

Figure 8: Wood moisture content of façade elements at
test cu e

0:00:00
1.2.2016

a ri

0:00:00
12.3.2016
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TMS

TMSW

TMSWI

Wood MC

NMS

12:00:00
15.10.2015

12:00:00
24.11.2015

12:00:00
3.1.2016

12:00:00
12.2.2016

12:00:00
23.3.2016

Figure 9: Wood moisture content of façade elements at
anno er test cu e

TMS

TMSW

TMSWI

Wood MC

NMS

12:00:00
29.10.2015

12:00:00
8.12.2015

Figure 10: Wood moisture content of façade elements at
Skellefteå test cu e

12:00:00
17.1.2016

12:00:00
26.2.2016
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Average MC of window profiles (Table 2) showed a clear
difference between TMS and NMS. Average MC values
of TMS window profiles were on average 46 % lower
compared to NMS window profiles MC values and were
below 8 % in all cases. The highest average MC was
determined in Hannover in NMS window profile with
synthetic coating (14.3 %) whereas the lowest MC was
determined in Skellefteå in TMS window profiles with
synthetic coating (5.5 %). No clear difference was
observed between window profiles with different surface
coatings. The latter is a promising result in terms of MC
and consequently durability of wooden windows coated
with naturally based wax.

Colour changes of elements made of NMS and TMS
coated with wax were determined after three months of
exposure and are shown in Figure 11. Differences in
intensity of colour changes between NMS and TMS were
found. TMS specimens were changing colour quicker
compared to NMS as they were becoming lighter due to
leaching of soluble degradation products formed during
modification, and because lignin in thermally modified
wood is more prone to UV degradation [9]. This was
observed at all locations except in Madrid. The reason
might be less precipitation in Madrid since colour changes
of TMS are additionally affected by leaching of products
from the thermal modification process [9]. However,
colour changes of NMS and NMSW in Madrid were
drastically higher compared to other locations, which is
logical due to much higher UV intensity causing faster
colour changes of NMS. It was expected that wax would
retard colour changes due to lower removal of degraded
products. Results show the opposite at TMS. The reason
for this is due to quickest lightening of the surface (ΔL)
because wax concentrates on the surface of wood after
specific time of exposure and colours it whitish. This is
not so prominent at NMSW as untreated NMS is already
lighter and wax actually helps to slightly retard colour
change of NMS. Adding pigments (TMSWPig) was found
to diminish colour changes at all locations. Furthermore,
the distribution of pigments was sufficiently uniform.
Colour changes of waxed window profiles (WinNMSW
and WinTMSW) exhibited just slightly lower colour
changes compared to façade elements which is most
probably due to less severe exposure of window elements
which were partly sheltered within the cube.

Table 2: Average C o
an
in o pro iles
sur ace coate ith synthetic coating, oil an a

LJ

ZI

MAD

HAN

SKE

WinNMSC

13.2 %

12.5 %

12.2 %

14.3 %

10.3 %

WinTMSC

7.1 %

6.4 %

6.1 %

7.6 %

5.5 %

WinNMSO

13.6 %

12.7 %

12.0 %

13.1 %

10.7 %

WinTMSO

7.0 %

6.6 %

6.6 %

7.4 %

5.9 %

WinNMSW 13.2 %

11.9 %

11.9 %

13.9 %

10.1 %

WinTMSW

6.6 %

6.5 %

7.4 %

5.7 %

6.8 %

3.2 COLOUR CHANGES OF FAÇADE
ELEMENTS AND WINDOW PROFILES
25

20

ΔE

15

10

5

0

NMS

NMSW

TMS

LJ

ZI

Figure 11: Colour changes of façade elements and window
pro iles ma e o
an
coate ith a a ter three
months o e posure

TMSW

MAD

HAN

TMSWPig
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WinNMSW

WinTMSW
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3.4 DIFFERENCES BETWEEN INNER SURFACE
TEMPERATURE OF WINDOW PROFILES
Measured thermal conductivity (λ) of il apro® TMS is
0.09 W/m2K whereas λ of NMS is standardised as 0.11
W/m2K. This results in approx. 20 % better insulation
properties of TMS window profiles compared to NMS
ones. Such properties consequently cause that, during the
winter months when outside temperature is lower than
inside temperature, the inner surface temperature of
window profiles made of TMS is higher compared to
window profiles made of NMS. This was presented at 68
mm thick window profiles by Ugovšek et al [4]. Results
of ΔT between TMS and NMS profile showed that ΔT is
increasing with decreasing outside temperature. In this
research window profiles with thickness of 110 mm were
installed in test cubes. ΔT results were presented
exemplarily for the test cube in Skellefteå where outside
temperatures were the lowest among all test sites (Figure
12). ΔT were lower as expected based on previous results
and the highest ΔT was around 1 °C even at outside
temperatures of -25 °C and lower. Reason for this might
be in high thickness of window profile and very high
insulation even of regular NMS profile. Consequently, the
better insulation properties of TMS were not that
prominent and that low outside temperature transition
towards inside is retarded already by the increased
thickness of the window profile. Secondly circulating air
inside the cube caused by air conditioning system might
have further reduced temperature differences. Such
circulation could cause more uniform surface
temperatures and therefore diminish the ΔT between TMS
and NMS window profile surface. However, the
difference in thermal conductivity was also practically
proven.

4 CONCLUSIONS
Façade elements and windows made of non-modified
spruce (NMS) and thermally modified spruce (TMS) were
exposed to different climatic conditions in Slovenia,
Spain, Germany and Sweden. Wood MC, colour changes
and inner surface temperature of window profiles were
evaluated to analyse the influence of different locations
and differences between selected materials. Wood MC at
façade elements varied a lot between locations and
therefore test sites could be divided into two groups:
Madrid and Skellefteå climate situation and Ljubljana,
Žiri and Hannover climate situation. Generally, TMS had
lower MC compared to NMS. Wax additionally decreased
MC, whereas combination of TMS, wax and added in-can
preservative showed the most promising results of MC.
MC in windows was not affected by different surface
treatment (synthetic coating, oil and wax) but was
affected drastically by material – MC of TMS was on
average 46 % lower compared to NMS window profiles.
Colour changes of TMS were more prominent compared
to NMS specimens and wax additionally accelerated
colour changes because of slight lightening of surface
which might be due to concentration of wax on the
surface. Addition of pigment into wax had a positive
effect and results in slowest colour changes and uniform
colour of surface. Temperature differences between the
inner surfaces of TMS and NMS windows profiles were
increasing with lowering of outside temperature which
proved better insulation of window profiles made of TMS
compared to NMS profiles. However, these differences
were lower than expected based on previous research and
were around 1 °C even at outside temperature of -25 °C.
Reason is most probably due to the high thickness of
window profile (110 mm) and consequently high
insulation of TMS as well as NMS profile.
2

1

Tout ( °C)
-30,0

-20,0

-10,0

0
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Figure 12: i erence et een inner sur ace temperature o
waxed TMS and NMS window profile (ΔT) in dependence with
outsi e air temperature o Skellefteå out
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ACETYLATED WOOD: A STABLE AND DURABLE STRUCTURAL
BUILDING MATERIAL
Roger M. Rowell
ABSTRACT: Wood reacted with acetic anhydride to levels above approximately 18% bonded acetyl by weight
results in a modified product that is dimensional stable, resistant to attack by decay fungi, greatly improved coating
performance and has high wet strength and stiffness. There is little change in color and all of the positive properties
of natural wood are retained.
KEYWORDS: Wood, durable, stable, chemical modification, acetylation, moisture, strength, construction
1.INTRODUCTION 123
Wood has been used by humans since the first people
walked the earth. They used it for fuel, shelter,
weapons, tools and for decoration. They found it
easy to work, renewable, sustainable and available.
Wood is composed of approximately 50% cellulose,
25% hemicellulose and 25% lignin with minor
amounts of organic extractives and inorganics and
was designed to perform, in nature, in a wet
environment. Nature is programmed to recycle wood
in a timely way through biological, thermal, aqueous,
photochemical,
chemical,
and
mechanical
degradations. In simple terms, nature builds wood
from carbon dioxide and water and has all the tools to
recycle it back to the starting chemicals using five
basic chemistries [oxidation, reduction, dehydration,
hydrolysis, free radical reactions]. We harvest a
green tree and. convert it into dry products, and
nature, with its arsenal of degrading chemistries,
starts to reclaim it at its first opportunity [1].
Wood is referred to as a material but in the true
material science definition, a material is uniform,
predictable, continuous, and reproducible. No two
pieces of wood are the same even if they came from
the same tree and the same board. Wood is better
describes as a composite and more accurately, a
porous three dimensional, hydroscopic, viscoelastic,
anisotropic bio-polymer composite composed of an
interconnecting matrix of cellulose, hemicelluloses
and lignin with minor amounts of inorganic elements
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and organic extractives. So, even solid wood is a
composite.
We learned to use wood accepting that it changes
dimensions with changing moisture content,
decomposes by a wide variety of organisms, burns
and is degraded by ultraviolet energy. The codes and
standards for woods use are written based on the
diverse nature of wood and the properties and
performance of wood in use.
2 PROPERTIES AND PERFORMANCE
For the most part, we have used wood without
modification. Solid timbers and lumber can be
treated for decay and fire resistance as recorded in
ancient accounts; however, most applications for
wood today have little treatment other than a coating
or finish.
The performances we deal with at the solid wood
level (swelling/shrinking, biological attack and
strength) are derived from the properties at the cell
wall matrix and polymer level. Wood changes
dimensions with changing moisture content because
the cell wall polymers contain hydroxyl and other
oxygen-containing groups that attract moisture
through hydrogen bonding. The hemicelluloses are
mainly responsible for moisture sorption, but the
accessible cellulose, non-crystalline cellulose, lignin,
and surface of crystalline cellulose also play major
roles. Moisture swells the cell wall, and the fiber
expands until the cell wall is saturated with water
(fiber saturation point, FSP). Beyond this saturation
point, moisture exists as free water in the void
structure and does not contribute to further
expansion. This process is reversible, and the fiber
shrinks as it loses moisture below the FSP.
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Wood is degraded by fungi since these organisms
recognize the carbohydrate polymers (mainly the
hemicelluloses) in the cell wall and have very
specific enzyme systems capable of hydrolyzing
these polymers into digestible units. Biodegradation
of the cell wall matrix and the high molecular weight
cellulose weakens the fiber cell. Strength is lost as
the cell wall polymers and matrix undergoes
degradation through oxidation, hydrolysis, and
dehydration reactions. Termites can also degrade
wood as well as many other micro and macro
organisms.
Wood exposed outdoors undergoes photochemical
degradation caused by ultraviolet radiation. This
degradation takes place primarily in the lignin
component, which is responsible for the characteristic
color changes. The lignin acts as an adhesive in the
cell walls, holding the cellulose fibers together. The
surface becomes richer in cellulose content as the
lignin degrades. In comparison to lignin, cellulose is
much less susceptible to ultraviolet light degradation.
After the lignin has been degraded, the poorly bonded
carbohydrate-rich fibers erode easily from the
surface, which exposes new lignin to further
degradative reactions. In time, this "weathering"
process causes the surface of the composite to
become rough and can account for a significant loss
in surface fibers.
As was stated before, the performance we observe at
the macromolecular level of wood is a result of the
chemistry and matrix at the molecular level (Figure
1). Swelling/shrinking, rotting, weathering, burning
and strength properties are all a result of properties at
the molecular level.
If we want to change
performance, it is best done at the molecular level.

The properties of any resource are, for the most part,
a result of the chemistry of the resource. If you
change the chemistry, you change properties, and if
you change properties, you change performance.
Stable and durable properties of wood can be
changed by changing the chemistry at the molecular
level through a process known as acetylation. All
woods contain acetyl groups: softwoods – 0.5 –
1.7%, and hardwoods – 2 – 4.5%. Increasing the cell
wall acetyl level changes properties and performance
in proportion to the level of bonded acetyl. Wood
that has been acetylated to an acetyl level above
about 18% has very high dimensional stability, decay
resistance, increased UV stability, has greatly
improved coating performance and wet strength and
stiffness and is commercially available as a solid
material or as a composite [2].
3 ACETYLATION PROCESS
Acetylation is a single-addition reaction, which
means that one acetyl group is on one hydroxyl group
with no polymerization (Figure 2). Thus, all the
weight gain in acetyl can be directly converted into
units of hydroxyl groups blocked [2].
WOOD-OH + CH3C(=O)-O-C(=O)-CH3
Acetic anhydride
WOOD-O-C(=O)-CH3 + CH3C(=O)-OH
Acetylated wood
Acetic acid
Figure 2: Reaction of acetic anhydride with wood.
The elastic limit of cell wall is not exceeded and the
acetylated wood is back to the wood’s original green
volume which is the mechanism of dimensional
stability described later.
4 MOISTURE PROPERTIES
Moisture is presumed to be sorbed either as primary
or secondary water. Primary water is water sorbed to
primary sites with high binding energy, such as the
hydroxyl groups (Figure 3). Secondary water is water
sorbed to sites with less binding energy; water
molecules are sorbed on top of the primary layer.
Since some hydroxyl sites are esterified with acetyl
groups, there are fewer primary sites to which water
sorbs. And since the fiber is more hydrophobic as a
result of acetylation, there may also be fewer
secondary binding sites.

Figure 1 : Performance and properties of wood
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Figure 3: Primary and secondary water on cell wall
hydroxyl groups.
Since the acetyl group is less hygroscopic as
compared to the hydroxyl group, the equilibrium
moisture content (EMC) decreases as the acetyl
weight percent gain increases (Table 1). The same
effect is seen in both softwoods and hardwoods.
.
Table 1: Equilibrium moisture content of control
and acetylted pine and aspen. (27 C°)
Species
Pine

Aspen

WPG
0
6
10.4
14.8
18.4
20.4
0
7.3
11.5
14.2
17.9

30% H
5.8
4.1
3,3
2.8
2.3
2.4
4.9
3.2
2.7
2.3
1.6

65% RH
12.0
9.2
7.5
6.0
5.0
4.3
11.1
7.8
6.9
5.9
4.8

90% RH
21.7
17.5
14.4
11.6
9.2
8.4
21.5
15.0
12.9
11.4
9.4

As the cell wall moisture content is reduced, there is
also a reduction in the fiber saturation point. Table 2
shows the fiber saturation point for acetylated pine
and aspen. As the level of acetylation increases, the
fiber saturation point decreases in both softwood and
hardwood.
Table 2 : Fiber saturation point for control and
acetylated pine and aspen.
Weight
percent gain
0
6
8.7
10.4
13.0
17.6
18.4
21.1

Pine
(%)
45
24
--16
----14
10

Aspen
(%)
46
--29
--20
15
-----

When a green pine board with a volume of 38.84 cm3
(Table 3) is dried, it shrinks to a volume of 34.90 cm3
or a loss of 10.1%. When that dry wood is
acetylated, the volume of bonded acetyl increases the
wood volume to 38.84 cm3 or back to the original
green volume. So the wood is dry and bulked back to
its original green volume. This is the mechanism of
dimensional stability.
Table 3 : Change in volume in wood from oven dry
to acetylated.
Green
Oven
Change Weight Oven
Change
volume dry
in
percent dry
in
(cm3)
volume volume gain
volume volume
(cm3)
(%)
(cm3)
(%)
(%)
38.84
34.90
-10.1
22.8
38.84
+10.1
The dimensional stability, as measured as anti-shrink
efficiency (ASE) of acetylated solid wood varies
depending on the species acetylated. Table 4 shows
the ASE of pine and beech. As the percent acetyl
content increases, dimensional stability increases.
The data shows that softwoods achieve a higher
weight gain in acetyl as compared to hardwoods.
This may be because hardwoods contain a higher
content of xylans which do not have a primary
hydroxyl group in which to react. One hundred
percent dimensional stability is not achieved by
acetylation since water molecules will still interact
with the wood structure even in completely
acetylated wood however, the swelling does not
exceed the elastic limit of the cell wall.
Table 4 : Dimensional stability of solid wood as
measured as antishrink efficiency (ASE).
Wood
Pine

Beech

Weight
percent gain
0
12.0
13.6
17.1
21.8
0
10.6
15.4
17.5
19.7

ASE
--39,4
56.3
64.8
86.9
--43.8
66.0
75.6
84.3

5. DECAY PROPERTIES
Acetylated wood has been tested with several types
of decay fungi in an ASTM standard 12-week soil
block test using the brown-rot fungus Gloeophyllum
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trabeum or the white-rot fungus Trametes versicolor
(Figure 4).
.

Figure 5 : SEM of brown-rot fungal attack on
wood. Left = control, Center = acetylated wood after
12 weeks in the ASTM soil block test, Right = after
51.1% weight loss
Figure 4 : ASTM standard soil block test with
control (lef)t, low levels of acetylated wood (center)
and high level of acetylated wood (right).
Table 5 shows the resistance of pine acetylated to
several levels of chemical modification to attack by
brown-and white-rot fungi in the 12 week ASTM
test.
As the level of acetylation rises, the resistance to
attack by both brown- and white rot fungi increases.
Weight loss resulting from fungal attack is the
method most frequently used to determine the
effectiveness of a preservative treatment to protect
wood from decay. In some cases, especially for
brown-rot fungal attack, strength loss may be a more
important measure of attack since large strength
losses are known to occur in solid wood at very low
wood weight loss.

Another test to determine the fungal and bacterial
resistance of acetylated wood is a fungal cellar
containing brown-, white-, and soft-rot fungi and
tunneling bacteria (Figure 8). Control blocks were
destroyed in less than 6 months while acetylated
wood above 16 WPG showed no attack after 3 years
(Table 6). These data show that no attack occurs until
swelling of the wood occurs. This is additional
evidence that the moisture content of the cell wall is
critical to fungal attack.

Table 5 : Weight loss of control and acetylated pine
in a soil block test.

(ASTM D14113 – 07e1. Standard Test method for Wood
Preservatives by Laboratory Soil-Block Cultures)

Weight
percent
gain
0
6.0
10.4
14.8
17.8

Brown-rot
fungus
Weight
loss (%)
61.3
34.6
6.7
3.4
>2

White-rot
fungus
Weight
loss (%)
7.8
4.2
2.6
>2
>2

Figure 5 shows the control pine sample before and
after attack by the brown-rot fungus Gloeophyllum
trabeum. The control is badly deteriorated with
major damage to the cell wall structure. The figure
also shows the acetylated wood after the same test.
The fungal hyphae can be seen (Figure 5 center) but
there is no visible attack on the wood.

Figure 6 : Fungal cellar test room.
Table 6 : Fungal cellar tests of aspen flakeboards
made from control and acetylated flakes1,2
WPG
0
7.3
11.5
13.6
16.3
17.9

Rating at intervals (months)
2
3
4
5
6
S/2 S/3 3/3 S/3 S/4
S/2 S/1 S/1 S/2 S/3
S/0 0
S/0 S/1 S/2
0
0
0
0
S/0
0
0
0
0
0
0
0
0
0
0

12
--S/4
S/3
S/1
0
0

24
----S/4
S/2
0
0

1
Nonsterile soil containing brown-, white-, and soft-rot
fungi and tunneling bacteria. 2Flakeboards bonded with
5% phenol-formaldehyde adhesive.
3
Rating system: 0 = no attack; 1 = slight attack; 2 =
moderate attack; 3 = heavy attack; 4 = destroyed; S =
swollen.

36
------S/3
0
0
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A final test for durability is the field test (Figure 7).
In this test, solid wood stakes are placed in the
ground and inspected for decay at different intervals.
These tests can go on for years. Acetylated wood has
been put in test in the southern part of the United
States, New Zealand, Australia, Japan, Canada and
Canada.

in the acetylated samples was 99 to 100%. Since
there was a very small weight loss In the acetylated
samples, the termites did “graze” on the samples but
did not attack them.
Table 7 : Acetylated pine exposed to different
termites in a 10 week test.
Sample

Control
Acetylated

Figure 7 : Test field for acetylated wood.
6. TERMITE PROPERTIES
Termites generally attack the softer parts of the
wood (Figure 8). They attack spring wood in pine
which is about half the density as late wood.

Figure 8 : Control sample after termite test.
Acetylated pine placed in a 2-week laboratory termite
test using Reticulitermes flavipes (subterranean
termites) showed good protection at high (above
18%) weight gain. There was a high level of
mortality in the test termite colony during the test.
Since they could not eat the acetylated wood, they
reverted to eating each other.
Additional tests were conducted using with dry wood
and subterranean termites in Indonesia. The wood
was placed in test using dry wood termites
(Cryptotermes cynocephalus). Fifty healthy and
active nymphae placed in each box and the boxes
were put in a dark room at an average temperature of
20 to 32°C and 81 to 89 percent relative humidity
(RH) for 10 weeks. At the end of the test nymphae
mortality and wood weight loss were determined
(Table 7). In each test, the mortality of the termites

Control
Acetylated

Cryptotermes
cynocephalus
Weight loss
(%)
9.3
1.9
Coptotermes
gestroi
Weight loss
(%)
9.9
1.7

Cryptotermes
cynocephalus
Mortality
(%)
42
99
Coptotermes
gestroi
Mortality
(%)
70
100

In ground tests have been done in several countries
on, acetylated wood has also shown to be resistant to
termite attack. The mechanism of resistance may be
due to the wood being too dry which makes it harder.
7. STRENGTH PROPERTIES
Table 8 shows the strength and stiffness properties of
control and acetylated pine. There is considerable
loss of wet strength and wet stiffness in nonacetylated wood as compared to acetylated wood.
There is a loss of over 60% in wet strength in nonacetylated wood while acetylated only drops 10%.
There is a loss of over 35% in wet stiffness of nonacetylated wood while acetylated wood only loses
less than 9% in wet stiffness. Strength properties of
wood are very dependent on the moisture content of
the cell wall. The mechanical properties of fiber
stress at proportional limit, work to proportional
limit, and maximum crushing strength are most
affected by changing moisture content by only ±1
percent below the fiber saturation point. The fact that
the EMC and fiber saturation point of acetylated
wood are much lower than that of unmodified wood
alone accounts for their difference in strength
properties.
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Table 8 : Dry and wet strength and stiffness of pine
control and acetylated.
Sample

Control
Acetylated
(19 WPG)

MOR
Strength
Dry
(N/mm2)
63.6
64.4

MOR
Strength
Wet
(N/mm2)
39.4
58.0

MOE
Stiffness
Dry
(N/mm2)
10,540
10,602

MOE
Stiffness
Wet
(N/mm2)
6,760
9,690

The mechanism of coating stability is thought to be
due to the increased stability of the wood under the
coating.
9. BUILDING WITH ACETYLATED WOOD
Acetylated wood has been used in housing
construction now for over 10 years. The following
figures are just a few examples of construction was
done using acetylated wood in Europe (Figure 10).

8. COATING PERFORMANCE
Various research groups have been studying the
effect of acetylation on coating performance with
field tests [3]. This group carried out a 13 year old
outdoor exposure test in Sweden according with EN
927-3 of acetylated Scots pine finished with alkyd
and acrylic film-forming coating systems. Acetylated
Scots pine panels, finished with the acrylic coating
system (alkyd primer + acrylic topcoat), are still in
good shape after 13 years exposure, whereas the
corresponding control panels from unmodified Scots
pine needed repainting after five years (Figure 9).

Figure 9 : Control coated panel (left) after 5 years
and acetylated panel (right) after 13 years.
This significant improvement of film-forming coating
performance on acetylated wood was also reported by
others based on an outdoor exposure test with
acetylated Scots pine panels in the Netherlands [4, 5].
A significant improvement of the performance was
found for the tested alkyd coating system. It was
concluded that the intrinsic quality of the coating
itself has become the main factor affecting the
durability of coatings on acetylated wood. With an
acrylic opaque white coating the condition of the
coating after 9.5 years without any maintenance was
still good. If a coating system is adapted to be used
on acetylated wood and the application is done in the
appropriate way, it is expected that the maintenance
frequency can be once every ten years or even lower.

Figure 10 : Some examples of using acetylated
wood in construction.
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10. CONCLUSIONS
Acetylation of wood results in a product that is more
consistent with less variability within species, less
hydroscopic with less sorption of moisture, water and
gasses from the environment, much more stable with
the cell wall bulked back to its green volume, more
durable because of a change in configuration and
conformation and no moisture in the cell wall to
support fungal attack. The mechanical properties are
stabilized against moisture changes and the
technology can be applied to many different
hardwoods and softwoods. The acetylated wood is
reusable, recyclable, and burnable.
Through
acetylation, widely variable woods can be converted
from a biocomposite to a biomaterial that is
consistent, uniform, predictable and reproducible.
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ENVIRONMENTAL IMPACT OF CONSTRUCTIONS MADE OF
ACETYLATED WOOD
Pablo van der Lugt1, Ferry Bongers2, Joost Vogtländer3
ABSTRACT: In the global climate agreements made during COP 21 in Paris, the role of forests and wood products
have gained more attention considering their important impact – both negative and positive – through deforestation,
forest conservation, afforestation and increasing application of wood in durable (construction) products acting as carbon
sink. A promising route enabling legally and sustainably sourced non-durable temperate wood species to be used in
high performance applications is through large scale non-toxic wood modification, of which acetylation is one of the
leading methods. Acetylation has proven to enhance the resistance against fungal decay and dimensional stability of
wood such that on commercially base two heavy load-bearing traffic bridges have been constructed.
In this paper a cradle-to-grave assessment is executed to compare the environmental impact of acetylated Scots pine,
tropical hardwood (Azobe) and non-renewable materials (steel, concrete) with the bearing structure of a typical
pedestrian bridge as unit of comparison (‘functional unit’) The results show that acetylated wood has a considerably
lower carbon footprint than steel, concrete and unsustainably sourced Azobe, and like sustainably sourced Azobe can
have CO2 negative LCA results over the full life cycle.
KEYWORDS: acetylated wood, greenhouse gas emissions, climate change mitigation, carbon footprint, sustainability,
bridge

1 INTRODUCTION123
Climate change is increasingly being acknowledged as a
threat to our environment and human society, and
binding agreements have been made during COP 21 at
Paris to prevent a temperature rise of 1.5 degrees Celsius
as a result of global warming. There are various
strategies for climate change mitigation either by
reducing the causes of CO2 emissions (e.g. higher
energy efficiency, better insulation of buildings,
increasing the use of renewable energy, etc) or by
increasing the sinks (carbon sequestration), in which
forests and wood products can play a major role.
Through the photosynthesis process, trees absorb CO2
from the atmosphere, while producing oxygen in return,
and store carbon in their tissue and soil. After harvest
this carbon remains stored in wood products until they
are discarded or burnt. As a result, forests and wood
products play an important role (both negative as
positive) in the global carbon cycle through
deforestation, forest conservation, afforestation and
increasing application of wood in durable (construction)
products. On a global level carbon stocks in forest
biomass decreased by an estimated 17.4 Gigatons due to
1
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deforestation in (sub)tropical regions between 1990 and
2015, although the net rate of carbon losses is decreasing
significantly from 1.2 Gt per year (1990s) to 0.2 Gt per
year (2010 – 2015) [1]. This is caused by afforestation in
particular in East Asia, Europe, North America, and
Western and Central Asia, but also due to lower losses in
particular in South America and Africa (Figure 1).
Besides the conversion of forests to agricultural land or
for development of infrastructure, one of the main causes
of deforestation in tropical regions is (illegal) logging of
tropical hardwood, which is high in demand worldwide
because of its superior performance over softwood in
terms of durability, hardness and often also dimensional
stability. Although the amount of certified sustainable
sourced tropical hardwood on the market is increasing,
also as a result of new legal requirements like the
European Timber Regulation (EUTR) and the expanded
Lacey Act in the USA, demand is still considerably
higher than supply and this trend is expected to continue
with improving incomes in emerging economies.
Therefore, other renewable solutions are required to
reduce pressure on tropical rainforests. Plantation grown
hardwoods, while providing an important resource, do
not have the durability nor have the stability of
increasingly scarce old growth forest harvests. Modified
wood could play an important role in bridging this
supply gap.
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Figure 1: Changes in carbon stocks in forest biomass 19902015 [1]

Wood modification is a means of improving the
performance of abundantly available, but poor
performance wood e.g. from boreal regions, without the
typical negative impacts of traditional preservation
techniques based on impregnation with toxic
preservatives such as CCA or ACQ.
There are a variety of wood modification techniques
available, which can be divided into thermal
modification (treatment under high temperature at low
oxygen levels) and chemical modification (reacting the
wood molecules with a chemical to permanently change
the composition) of which acetylation is most likely the
best known method. The benefits from acetylation of
wood to enhance resistance against fungal decay and
dimensional stability have been known for many years
[2]. Since 2007 Accsys Technologies has been
commercial producing Accoya® wood that is based on
acetylation of Radiata pine (Pinus radiata), but also
other wood species such as Scots pine (Pinus sylvestris),
Red Alder (Alnus rubra) and Beech (Fagus sylvatica).
Accoya® has shown its potential for many applications,
including structural uses. Encouraged by the success of
the two heavy load-bearing traffic bridges constructed
using Accoya® wood in Sneek the Netherlands [3-4],
several pedestrian bridges and various other column type
structures situated in wet (Service Class 3) conditions
have been completed (Figure 2, 3). A design guide for
Accoya® structural wood was made on basis of a series
of investigations [5-6].

Figure 2: A bridge built at the World Wide Fund for Nature
(WWF) headquarters in Woking, Surrey, UK involved 21m3 of
Accoya wood.

Figure 3: Structural Accoya® (columns, decking and window
frames) at FagelCats building, Amsterdam, the Netherlands.

2 METHODOLOGY
2.1 CARBON FOOTPRINT
In a carbon footprint assessment, the greenhouse gas
emissions (GHG) during the life cycle of a material are
measured, and compared to alternative materials in terms
of kg CO2 equivalent (CO2e). Although not as
comprehensive as the Life Cycle Assessment (LCA)
methodology as defined in the ISO 14040/44 series [7],
which besides the carbon footprint (Global Warming
Potential) also includes environmental indicators such as
acidification, eutrophication, smog, dust, toxicity,
depletion, land-use and waste, a carbon footprint
assessment is an excellent and commonly used tool to
assess a material’s environmental impact.
2.2 CRADLE-TO-GATE DATA (PRODUCTION
PHASE)
In 2013, a carbon footprint assessment was executed for
Accoya® wood following the Greenhouse Gas
Reporting Protocol guidelines WBCSD [8], based on a
cradle-to-gate scenario, thus until the factory gate of the
acetylation plant of Accsys Technologies in Arnhem, the
Netherlands. This encompasses the exact amount of raw
materials, including their transport distance and
production details (embodied energy), as well as the
utilities consumed during the acetylation process (see
Figure 3).

Figure 4: Diagram of inputs and outputs throughout the
acetylation process based on a cradle-to-gate scenario

The main input resources to produce acetylated wood are
timber and acetic anhydride, with acetic acid as main coproduct. This acetic acid is sold into a wide range of
industries and therefore replaces merchant acetic acid on
the market. As such the allocated GHG emissions of
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acetic acid are deducted from the emissions relating to
the acetylation process, which is in line with PAS 2050
requirements (BSI [9]) as well as ISO 14044 [7], section
4.3.4.2 (“system expansion”). Figure 4 presents the
cradle-to-gate carbon footprint results per cubic meter
building material, which compares Accoya ® made from
scots pine to several commonly used material
alternatives, based on the “market mix” figures, i.e. the
mix of recycled and virgin materials on the market. Note
that “sustainably sourced wood” in this paper relates to a
relatively consistent biomass at the forestry level, in
which the carbon stored in the standing volume remains
stable, as a result of a sustainable management of the
forest. In this paper “unsustainably sourced wood”
relates to harvest based on Reduced Impact Logging
(RIL) without replanting, with (significant) additional
GHG emissions as a consequence.

the centre of the Netherlands (province of Utrecht), and
had to comply with all relevant Dutch building
legislation for a pedestrian bridge. Additionally, the
pedestrian bridge had to meet the same functional
requirements (e.g. load bearing requirements) for all
material alternatives. Figure 5 shows the schematic plan
of the load bearing structure.

Figure 6: Constructional plan of the reference pedestrian
bridge, above-view (top) and the side-view (bottom) [12]

Figure 5: The GHG emissions of several building materials
per cubic meter based on a cradle-to-gate scenario [10,11]

2.3 CRADLE-TO-GRAVE DATA (INCLUDING
USE PHASE)
It is important to understand that the cradle-to-gate
assessment, although providing an interesting insight in
GHG emissions during production, does not provide a
complete overview for a realistic comparison with other
materials since additional use-phase and end-of-life
related aspects of the various material alternatives are
not yet included. These in-use emissions are likely to be
centred around i) material properties such as density or
strength, which dictate the volume of material required,
ii) maintenance requirements including additional
material use and frequency, iii) carbon sequestration in
forests and end-products and iv) reuse, disposal and
recycling routes available. Therefore, for a complete
“cradle-to-grave” assessment the carbon footprint results
per cubic meter need to be “translated” to an application
in which these in-use and end-of-life phase related
aspects are included.
2.3.1 Functional unit – material usage
The functional unit chosen for the cradle-to-grave
comparison is the bearing structure of a pedestrian
bridge, with a size of 16x3 meters. The principal
structural engineer of the Sneek bridge (see Figure 2),
Mr. Emil Lüning, designed the bearing structure of a
reference pedestrian bridge, which, based on the
constructional plan, for a fair comparison could be either
executed in timber (acetylated scots pine and Azobe Lophira alata), steel or concrete. The pedestrian bridge
was assumed to be located in a non-marine situation in

In order to make a carbon footprint comparison for
bridges designed with different materials, the net
dimensions of the transversal and longitudinal beam in
equal loading situations are provided in the Table 1
below. For details about the structural calculations, is
referred to [12]. For the carbon footprint calculations
was calculated with 10% planing losses. Besides the
main bearing structure, also the additional materials
required for lengthening, laminating and initial coating
(no maintenance coating assumed) are provided in the
table.
For transport from the materials provider factory gate to
building site 150 km was assumed, with for the wood
alternatives an additional 50 km to a joinery factory for
planing. For transport during the end-of-life phase 200
km was assumed in total (building site to sorting site to
incineration plant). The Life Cycle Inventory (LCI) data,
required for the calculations are from the commonly
referenced Ecoinvent v3 database [11] of the Swiss
Centre for Life Cycle Inventories, and the Idemat 2014
database [10] of the Delft University of Technology. The
Idemat LCIs are partly based on Ecoinvent LCIs.
Table 1: Material usage assumptions made for the carbon
footprint assessment of a pedestrian bridge.
Material

Specification

Accoya® wood
(scots pine)

Accoya® scots pine
(564 kg/m3)
2 longitudinal beams
16000x160x1134mm
5 transversal beams
3000x100x405mm
Polyurethane resin
Alkyd
paint
transparent, liquid,
solvent based
Azobe (1000 kg/m3)
2 longitudinal beams
16000x160x1080mm

Azobe

Amount of material
used (net figures)
3615 kg

101 kg
12.9 kg
5940 kg
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Concrete

Steel

5 transversal beams
3000x100x270mm
Steel (market mix,
for lengthening)
Concrete (reinforced,
40 kg steel per 1000
kg)
2 longitudinal beams
16000x300x1100mm
5 transversal beams
3000x200x290mm
2 IPE 600 beams
5 HEA 160 beams
hot dip galvanized
(zinc layer of 50.7
μm)

297 kg
28575 kg

4437 kg

2.3.2 End-of-life credit
In the Netherlands and other West European Countries,
wood is separated from other waste and ends up in an
electrical power plant. Although the efficiency of a
modern coal fired electrical power plant is highest, i.e.
45% IEA [13], current practice in Western Europe is that
biomass is bought by energy providers and combusted in
smaller electrical power plants specialized in biomass
with an approx. 30% lower efficiency than the large coal
plants. This energy output from biomass substitutes heat
from fossil fuels, leading to a “carbon credit” for the
avoided use of fossil fuels. Based on the Idemat 2014
database [10] the end-of-life credit for electricity
production from wood waste is then 0.819 kg CO2eq for
softwood (Accoya®) and 0.784 kg CO2eq for hardwood
(Azobe). The above procedure is according to ISO
14040 and 14044 [3], and according to the European
LCA manual EC-JRC [14]. For the wood alternatives the
effects of the carbon sequestration on a global level can
be taken into account as “optional” before the final result
can be calculated. Note that for the steel alternatives the
recycling credits during end-of-life are already included
in the embodied emissions of the material, based on the
European market mix figures (i.e. 44% recycled for
steel).
2.3.3 Carbon sequestration credit
Through the photosynthesis process biogenic CO2 is
first taken out of the air at the forest, the carbon is then
stored in forest and wood products, after which it is
released back to the atmosphere at the end-of-life. So
biogenic CO2 is recycled, and its net effect on global
warming is zero, unless it is burnt for energy during endof-life, substituting fossil fuels, as explained above. Thus
the positive effect of carbon storage cannot be analysed
on the level of one single product, although two
important LCA systems, the ILCD Handbook [14] and
the PAS 2050:2011 Specification [9], do provide an
optional credit for temporary carbon storage based on
discounting of the delayed CO2 emissions. However,
this “optional” method leads to an overestimation of the
benefits of temporary fixation of biogenic CO2. The
effects of carbon sequestration can be better understood
when we look at a global system level. On a global scale,
CO2 is stored in forests (and other vegetation), in the
ocean, and in products (buildings, furniture, etc). One
should realise that, when there is no change in the

standing volume of forests and no change in the total
volume of wood in building and products (furniture,
etc.), there is no change in sequestered carbon and
therefore no effect on carbon emissions. A better
approach to incorporate carbon sequestration in LCA is
proposed by Vogtländer et al. [15]. This paper gives a
scientific analysis of the issue, bringing the calculations
in LCA in line with the Tier-2 calculations of the IPPC.
In the following text of this section, this new approach is
summarised, and is applied to the case of the pedestrian
bridge for the wood scenarios. Figure 6 is a simplified
schematic overview of the highest aggregation level of
the global carbon cycle, and shows that the
anthropogenic CO2 emissions on a global scale can be
characterised by three main flows: i) CO2 emissions per
year caused by burning of fossil fuels: 6.4 Gt/year [16];
ii) CO2 emissions per year caused by deforestation in
tropical and sub-tropical areas: 1.93 Gt/year [1]. Note
that this also applies to Azobe as the forest area in
Central Africa is decreasing; iii) carbon sequestration per
year by re-growth of forests on the Northern Hemisphere
(Europe, North America, China): 0.85 Gt/year [1]. Note
that this also applies to Scandinavian scots pine. The
consequence of the above is that there is only additional
carbon storage on a global scale, when there is market
growth of sustainable wood production from temperate
and especially boreal regions in the Northern
Hemisphere, including scots pine from Scandinavia. This
market growth leads to more

Figure 7: Global anthropogenic fluxes of CO2 (Gt/year) over
the period 2000–2010

plantations and production forests and a higher volume
of wood applied in the building industry. In contrast,
additional demand of tropical hardwood, such as Azobe,
leads to a decrease in forest area since the demand is
higher than the supply of plantations, so it leads to less
sequestered carbon. For the carbon sequestration credit
calculation following global land-use change and
increasing application in the building industry, the
following 5 steps should be taken in case of the situation
of Scandinavian scots pine (used to produce Accoya ® in
this study). For detailed calculations see [15].
1. The calculation of the relationship (ratio) of carbon
stored in forests and carbon stored in end-products: 1 kg
of wood product relates to 6.97 kg CO2 storage in the
forest.
2. The calculation of a land-use change correction factor
(to cope with the fact that there was another type of
biomass before the area was changed to
forests/plantations); For European boreal softwood, we
assume that there was grass before the afforestation since
the boreal areas are hardly used for agriculture. This
provides a land-use change correction factor of 0.953.
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3. The calculation of the extra stored carbon in forests
and plantations, because of growth of boreal softwood
production, and its allocation to the end-products, based
on a yearly growth of European timber production of
2.3% UNECE [17]. Step 1, step 2 and step 3 result in
6.97 x 0.953 x 0.023 = 0.15 kg CO2 per kilogram dry
planed boreal softwood.
4. The calculation of the extra stored carbon in the
building industry, because of growth of the volume;
assuming application losses of 10% this relates in total to
an additional credit of 0.9 x 0.5 x 3.67 x 0.023 = 0.04 kg
CO2 per kilogram planed timber.
5. The final calculation of the total result of carbon
sequestration: the sum of the result of step 3 plus the
result of step 4.In the case of Scandinavian scots pine, as
a result of sustainable management practices and forest
area growth because of increasing demand, this leads to
a total carbon sequestration credit of 0.19 kg CO2 per
kilogram dry planed timber. Tropical hardwood, such as
Azobe, does not have a carbon sequestration credit. In
the best scenario the carbon sequestration credit is zero,
which is the case for sustainably managed plantation
wood. However, for most tropical hardwood, the
situation is worse: the deforestation of natural rain
forests leads to a debit of carbon sequestration (see
Figure 6). As it is very difficult to capture the actual
deforestation situation in tropical regions it is not yet
possible to allocate this debit to tropical hardwood used
in the building industry. To still provide an indication of
this debit, the cradle-to-gate figures for unsustainably
sourced Azobe have been calculated on the bases that
trees have been removed from the forest with Reduced
Impact Logging, without planting new trees back. In this
calculation the following ratios are applied: “sawn
timber”/“standing volume above ground” = 0.62 [18],
the root/shoot ratio = 0.37 [19), and the carbon fraction =
0.47 (the result of this calculation is given in Figure 4).
Note that land-use change is incorporated in LCA
indicators like Recipe and Eco-costs, and is modelled via
the biodiversity of land. Degradation of biodiversity is
strongly related to the harvesting of tropical hardwood.
For example, globally, FSC certified tropical hardwood
is partly sourced from plantations and semi-natural
forests, but according to FSC [20] the lions share (65%)
is still coming from natural forests (harvested with
Reduced Impact Logging), having a negative impact on
biodiversity.

3 RESULTS
The results of the cradle-to-grave carbon footprint
comparison for the bearing structure of a pedestrian
bridge are presented in Figure 7.

Figure 8: Greenhouse gas emissions (kg CO2eq) per process
step for the bearing structure of a pedestrian bridge.

The graph reveals that because of the incineration for
energy production in the end-of-life phase and through
afforestation (Scots pine), sustainably sourced Azobe
and Accoya® made from Scots pine are CO2 negative
over the full life cycle. Non-renewable materials (steel
and concrete) perform considerably worse than
sustainably sourced wood, especially because of the high
embodied energy (emissions during production) but for
concrete also for transport emissions because of the high
weight. However, in the case of unsustainably sourced
Azobe, the picture totally shifts: from one of the best
performing alternatives, Azobe becomes the worst
performing alternative when the negative effect on
carbon emissions during deforestation of tropical
rainforests is taken into account. This shows the
importance of conservation of tropical rainforests as they
act as important, yet very vulnerable, carbon sinks in the
global carbon cycle. Simultaneously it highlights the
potential important role of non-toxic wood modification
technologies such as acetylation; These technologies
enable abundantly available softwood from temperate
regions to substitute tropical hardwood, and even carbon
intensive materials such as metals and concrete, in
demanding applications, further reducing greenhouse gas
emissions through substitution.
In the carbon footprint figures the renewability aspect of
(sustainable) wood, in terms of annual yield (MAI) is not
yet included, which provides an additional
environmental benefit for the (sustainably sourced) wood
alternatives, even more so for fast growing species such
as Radiata Pine (Figure 8).
Mean Annual Increment (m3/ha/yr)
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Figure 8: Annual yield for various plantation grown wood
species in cubic meters produced per hectare per year [21,22].
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Therefore, non-toxic wood modification technologies
such as acetylation, can provide a powerful drive for
increased afforestation as softwood species can now
serve as input for high performance wood, which could
further increase the market adoption of boreal wood and
thus subsequent reforesting, which results in more global
carbon sequestration.
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TEMPORARY BUILDINGS IN REUSABLE LIGHTWEIGHT MATERIAL
DESIGN
Lars Blomqvist1, Alexander Pfriem2, Jimmy Johansson3
ABSTRACT: There is a growing need and market for temporary buildings for various purposes, including large
construction projects in the tourism and events sectors or in civil protection. This paper gives an overview about the use
of reusable lightweight materials in temporary buildings. Based on a project proposal submitted to the 7th framework, a
new concept of temporary buildings is proposed. This concept combines the advantages of the premanufacturing of a
small number of parts and wooden components and a flexible and modular erection of the temporary building. The
focus is on fast establishment with a maximum of three persons. A flexible and modular extension is possible.
Assembling and disassembling the individual components with novel connect systems, adapted from the furniture
industry, is proposed.
This project aims to bring these concepts into new temporary buildings with new, reusable, and flexible lightweight
design.
KEYWORDS: Lightweight materials, Temporary housing, Automated production, Pre-manufacture, Connection, Form
stability, Wood modification, Wood veneer

1. STATE OF THE ART
1.1 WOOD AND SANDWICH MATERIALS
Wood is an excellent natural renewable material for
green buildings. Wood products have a number of
environmental advantages over other building products:
manufacturing wood products is a rather simple, clean,
and low-energy process, and wood is a globally available
raw material. Wood combines relatively high mechanical
strength with low weight. This characteristic is based on
the cellular structure of wood with specialized cells with
an optimized arrangement of the cellulose fibrils in the
S2-layer of the cell wall. The orthotropic structure of
longitudinally oriented consolidating cells, which are
arranged in mutually reinforcing growth rings, gives a
good, light-weight material based on the weight.
The emergence of new lightweight construction and new
materials such as plastic or aluminium timber has often
been marginalized for structural and mechanical
engineering applications. Moreover, wood is widely in
walls, ceilings, floors, roofs, stairs, etc. Especially for
lightweight construction, new lightweight materials have
been developed. The classic sandwich structure consists
of two thin and stiff face sheets and a thick, lightweight
and stiff material in between. Light weight panels have
1
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long been used in the aircraft and space industry, where
a low weight is needed in combination with high
stiffness. To benefit from the properties of the outer
layer and the core, both parts have to be glued to a rigid
composite with a good shear stiffness and tensile
strength. The typical load failure of the composite is due
to delamination between the core and the top layer under
shear load or tensile load. Therefore, the introduction of
an intermediate layer between the outer skins and the
core structure was discussed [1].
Lightweight materials have successfully been introduced
to wood and furniture industries. The main benefits of
the lightweight core panels for furniture applications are
the high strength to density ratio, being lighter and easier
for transporting and handling products, as well as having
cheaper transportation costs [2].
When aiming to produce sandwich panels, the wood
based panel industry faces two major challenges:
reducing the density of a panel shall not cause
deterioration of its mechanical properties, and products
have to stay competitive despite increasing raw material
and energy costs. Conversely, the customers and
furniture producers demand weight-reduced solutions
[3].
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1.2 USE OF WOOD IN TEMPORARY
BUILDINGS
Beside the classical use of construction materials, the
essential benefit and value of materials used for
temporary buildings are constantly growing. While wood
is well known for permanent structures, such as framing,
beams, and flooring, it plays an equally important role
for temporary structures and buildings. Two main classes
of temporary buildings are known:
 modular buildings and
 prefabricated buildings and/or structures.
Wood's favourable strength-to-weight ratio means that
timber structures can often be erected without relying on
support from other temporary structures. Concrete and
masonry require support from timber falsework, which is
one more advantage of timber structures.
There is a growing need and market for temporary
buildings for various purposes, including large
construction projects in the tourism and events sector, in
civil protection, or for housing refugees. The term
“temporary”, however, is used to describe a fairly long
time period; often up to decades in many use situations.
For example, the average time for a refugee to stay in a
camp is 17 years [4]. For larger constructions, these
buildings are often produced in the form of halls. The
materials are not often reusable, which can be considered
a great waste of our common natural resources. Tents are
commonly used, especially for housing refugees. Being
able to quickly build temporary buildings in a resource
efficient manner that also meets the requirements of
standards and reusability is highly desirable. Therefore,
there is a great need for new, functional materials for
building applications for these particular use scenarios.
Quarantelli (1995) defined four stages of housing in the
recovery process related to natural disasters [5]:
1. immediate relief (within hours),
2. immediate shelter (within a day or two),
3. temporary housing (preferably within weeks),
and
4. permanent housing reconstruction (probably
within a few years).
Johnson et al. (2004) studied the housing development
after two different disasters [6]. They confirm the
development process described by Quarantelli (1995) but
also notice that the process from disaster to new
permanent housing constructions differ depending on
factors such as organisation of help and political aspects
[5].
Tents are often used for accommodation after natural
disasters, as well as for refugees. Tents are easily and
quickly mounted. Other systems, like tents for events
(parties, rock music festivals, exhibitions, and fairs) have
to be built quickly but will be used only for a few hours
or days. For longer housing periods tents are not
suitable. They are relatively uncertain, difficult to heat,
and do not provide solid protection. There are problems

with moisture condensation on the tarpaulin. People in
crisis situations need a safe and solid refuge. And they
need to personalize their house to fulfill their own
demands.
There are examples of more permanent solutions aimed
at refugee housing, such as the better shelter project that
is utilized by e.g., UNHCR [7]. The better shelter
concept is based on a light-weight stainless steel frame
and covered with panels made of a plastic material
delivered in flat packages. Its estimated lifespan is 3
years.
Other, more permanent materials are necessary for
temporary buildings planned for a longer lifespan. In
temporary buildings several, sometimes different,
demands on material and construction properties exist.
A very recent development is the lightweight panel that
combines lower weight with high strength and insulation
properties. Skuratov (2010) described a panel having
three layers with a core layer made of low-grade sawn
timber that has a pattern of hollow cells that reduces its
weight. The use of a core layer with cellular structure
reduces the weight and wood consumption in the
production of three-layer panels [8].
Obyn et al. (2015) investigated the thermal performance
of emergency shelters. There it becomes possible to
receive a realistic thermal model of lightweight
structures. Here a special performance is required,
because emergency shelters might be used in several
regions of the world [9]. Naji et al. (2014) compared
three different lightweight material structures –light
wood frames, lightweight steel frames, and 3D sandwich
panels - concerning their structure, energy, and cost
efficiency. The result is that the combination of several
materials in a 3D sandwich product results in best
structural performance, best heat insulation performance
in roof construction, and the lowest costs for production
and maintenance [10]. Negro et al. (2011) reported about
the development of a new wood-based lightweight
material with good physical-mechanical to weight
performance and good sound absorption properties. This
new material, based on Okoume plywood skins bonded
to a honeycomb core, are constituted by Okoume
plywood cells. But the optimization of the sound
absorption properties is still necessary [11].
A special combination of these different aspects provides
a reliable basis to the project´s approach. The objective
is the development of a novel, cost-effective,
multifunctional, reusable lightweight sandwich material
with high potential for energy savings for sustainable
temporary use; e.g., in temporary buildings.

2. AIM OF A PROJECT PROPOSED TO
FP7 IN 2012
Based on this, a project proposal called “Reusable
lightweight sandwich materials for sustainable
temporary use in building construction” was developed
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during 2012 and sent to the seventh framework
programme. The aim of the application was to develop a
novel,
cost-effective,
multifunctional,
reusable,
lightweight sandwich material with high potential for
energy savings for sustainable temporary use. This
lightweight sandwich material is based on modified
wooden top layers and improved by a coating based on
nano technique approaches to improve its fire retardant
and water repellent qualities. An evaluation will be made
concerning the possibilities for shaping the insulation
material or in what form the insulation material should
be introduced, including foaming or moulding, in the
sandwich material. The idea was that the material should
be shaped during the production process and that the
shape should be optimized by modelling to identify the
expected movement of the material caused by, for
example, spring-back and shrinking or swelling.
Demarcation of the material was made as follows: only
materials from natural resources should be used to
produce a high performance, shaped, lightweight

Figure 1: Approach of the project

substance for sustainable construction use. Higher
performance would be provided by a combination of
lightweight sandwich structures for heat insulation with
densified surface layers made from wood for stability
and wettability. All materials or parts of the materials
should be improved for higher performance by a
modification step using either a sustainable chemical or
thermal modification. This modification step decreases
spring-back, improves the dimensional stability, and
increases the durability and wettability of the new
sandwich material. The 3D shaping of the material
allows the production of near-net-shaped products,
which can be used in finalized construction without any
major handling, aside from the assembly.
The goal was, first, to develop a thermal insulation
composite system for exterior insulation with lightweight
panels, and, second, to develop a shaped heat insulation
composite system in lightweight construction. A
modular system with a small number of parts is provided
(Figure 1).
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Wood is preserved to be climate smart and has a number
of advantages over other building materials. It combines
relatively high mechanical strength with low weight, and
is widely available as a raw material. It combines good
mechanical properties with heat insulation and low
weight. Wood can be described as an optimized threedimensional biopolymer composite based on cellulose
for tensile strain, lignin for compression strain, and
hemicelluloses. The properties can be modified to make
a biomaterial with designed properties and performance.
The key question asks what properties and performance
are desired. Properties that can be changed include the
shape and thermal stability; resistance towards decay,
ultraviolet degradation, and insects; water repellence;
colour; texture; hardness; toughness; compatibility with
other resources; and plasticity. In addition, wood-based
materials can be readily recycled and reused.
Lightweight panels have long been used in the aircraft
and space industry, where low weight, in combination
with high stiffness, is necessary. This can serve as a
good role model. The procedure, as shown in Figure 2,
thus consists of the following steps to reach the aim of
the lightweight material approach:


Nano level: Nanomaterials for improved
coatings with more functions, structure-property
relationships, and material design on the nano
level, surface and interface interactions and
behaviour;

Figure 2: Multi-scale approach to develop the sandwich material






Micro level: Chemical, physical, biological
effects, material structure;
Macro level: Materials and semi-finished
development, transformation and shaping
processes;
Construction level: Functional integration,
modular component design, and material
reliability and quality assurance; and
Across all levels: Modelling and Simulation as
a Multiscale Approach.

The process to develop this sandwich material required
research based on an innovative research validation
approach, whereby new material modification and
combination created multi-material composites with
higher functionality. This new high-performance bioproduct would be capable of a longer service life for
reusable temporary buildings in severe moisture
environments. Unfortunately, the application was
unsuccessful, but the idea was kept alive because the
partners wrote an application to the Wood Modification
Network in the Baltic Sea Region. This network
consisted of researchers from Latvia, Poland, Sweden,
Germany, and Estonia. The partners joined forces in this
network to develop multilateral education and R&D
collaborations. They aim to work on current problems in
combined modification and transformation processes;
the procedural description and calculation and
optimization of the processes; as well as on the
development
of
the
product
design.
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3. IDEAS FOR A NEW APPROACH
Based on this old application and later discussion within
the Wood Modification Network in the Baltic Sea
Region, a new approach was envisioned. Temporary
buildings demand very special requirements compared to
traditional building applications. Under temporary
conditions, the assembly and disassembly properties are
very important factors, and the handling of the building
parts must be very easy. In civil protection, it is
especially important that the systems handle extreme
conditions. Construction elements thus need sustained
exposure to extreme wetting, drying, cold, and heat. The
material should be reusable in similar buildings with
function, design, and structural requirements in the
foreground. For this reason, a modular concept is
desirable. Lightweight construction is currently
considered the most intelligent solution available for the
ecologically sustainable optimization of efficiency.
Innovative lightweight construction for interior design
and architecture has a need for new multifunctional,
sustainable, and reusable materials. There are a wide
range of applications for temporary buildings. In the
future, not only will the individual temporary functions
of the building be considered, but reusability will also be
realized based on a simple, light, easily-built, modular,
and highly functional design system.
To achieve this goal a new approach to automated wood
house production is necessary because wood housing
companies currently work in a very low automated and
“low-tech” production mode. Some countries, like
Austria, Germany, or (Northern) Italy, have wood
housing companies with a very high level of
premanufacturing. Here the time of construction on the
work ground is very short, but it takes long time periods
to premanufacture the wooden constructions. Then, highweight-carry lorries are needed to transport the big
components to the work ground. The production is less
flexible. In contrast, the production of wooden houses
can be more work-ground oriented, like in the UK. Here,
many production steps are directly done on the work
ground with a very low level of premanufacturing. The
level of flexibility is much higher, but much time is
consumed in the work place. The buildings are not
quickly built.
Here a new solution to combine advantages of
premanufacturing and flexible production needs to be
found. A low number of different wooden components
that can be premanufactured with a high scale of
automatization will be combined with very flexible
production. The automated wooden component
production we know from furniture or flooring
production is combined with timber production
approaches. After the premanufacture the components
must be easily transported by normal lorries to the work
ground. And the construction should be built with low
numbers of people without heavy equipment. It has to be
a self-adjusting system.

To solve the problems of this approach, the temporary
buildings idea, which was behind the aforementioned
applications, is still current. The igloo concept is still
envisaged. However, the construction still needs to be
covered. There are examples of companies that provide
such solutions, which means that a building can be
covered with a prefabricated shell [12]. Traditional
assemblies in buildings are not as flexible as assemblies
of components with fittings for furniture assembly.
Therefore, it would be advantageous to develop a new
concept of connections – adapted from the furniture
industry. The production system of the building
components is planned to be highly automated. An
ongoing project, Flexible automation in manufacturing
of laminated veneer products, to study these possibilities
has been in the works since January 1, 2016 in a
traditional wood manufacturing industry, together with
academia and a company that delivers fully integrated
automation solutions. The project is linked to
relationship material characteristics – robot automation,
the ability to automate the furniture industry in Sweden
and the related manufacturing costs – and investments in
automation. The project is financed by The Knowledge
Foundation [13] and the industry. There are already
highly-mechanized production lines for beams made of
laminated veneer [14]. These can serve as role models,
as well as the production of high volume furniture with a
high degree of automation. For example, a highly
automated factory making 25 000 pieces per day of an
IKEA Billy bookcase. The production runs 24 hours per
day, 7 days per week. The staff of about 200 is mainly
concerned with the handling of materials [15].
The proposed modular design implies new ways of
thinking concerning the production system. The curved
shapes and materials used are normally not used in house
building today. Therefore, new thinking concerning
production techniques is needed. The design of the
elements is more related to furniture products than
building products Production techniques that we know
from the furniture industry can be an interesting
alternative to use. Such techniques can be transferred to
the building industry and used for the preproduction of
the elements. Each element may then be treated in the
same way as a piece of furniture. This may secure
quality minded thinking in the handling of the elements.
The small amount of element types further creates a
great potential of achieving effective flows, as well as
simplifying automation of the production. The system
should be self-adjusting with/without flooring. The same
type of assembly system used between the wall/ceiling
elements should work between the wall and floor.
Connection to the ground could be secured by ground
screws. With that kind of attachment the need for a
building foundation disappears. “The terrain remains
untouched, there is no soil sealing and the overall
logistical effort is minimal. A big advantage, since the
designs and the building process can be planned much
more effectively and without loss of time” [16]. To be
able to build the system autonomously, solutions such as
solar-panels can be integrated to the system. Also,
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optically transparent wood [17] can hopefully be used to
give natural light indoors in the future.
A solution that handles more than one of the four steps
listed by Quarantelli (1995; in the State of the Art
chapter) is desirable [5]. This could be installed by three
people in an emergency situation. Extensions could be
used for a longer time scale. The system could be based
on a few recurring building elements. The elements
should be self-supporting, with inclusive climate shield
according to heat and cold. The igloo mind-set could be
kept from the old approach and built on laminated parts.
This concept is energy efficient and partly self-locking
during assembly. Instead of a super material, it may
instead be divided into a super construction and a super
protective area. The protective area would be
exchangeable and adaptable depending on the climate
and the time frame of the solution. In its simplest form,
the protection would serve as a coating or as a sock with
fish scales. A submarine can serve as a role-model. This
has a stable tube with an outer shell. The assembly
should be manageable by two people handling the
elements and a third person taking responsibility for
assembling the elements through fittings inspired from
the furniture assembly. Dismantling and reconstruction

Figure 3: Basic solution scale abele in length. Perspective view.

should be done without problems. As already in the
design, all solutions must be recyclable. It should be
easy to carry parts on existing transport solutions. All
components must be removable by hand. The
construction should provide protection for the climate
and offer security and dignity for the people living or
working there. It should be resistant to violence caused
by hand. The solution should provide conditions to
gradually enhance comfort and sanitation solutions in
place. A basic model scalable in length with floors,
walls, and ceilings (Figure 3 and 4) could be used in an
emergency effort to later be supplemented with
additional storeys and with a more permanent
foundation. This means that the first part would be
mounted on the latter. The basic model consists of three
different building elements for walls and ceilings. The
floor also consists of three different elements. This idea
is realized in a project that will create a guideline of how
effective flows with automated production for similar
products can be created. Identified needs and
requirements, as well as the project structure, are
summarized in Figure 5.
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Figure 4: Basic solution scale abele in length. Front view and section view.
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APPLYING BIOMIMICRY IN LIGHTWEIGHT WOOD PANEL
DEVELOPMENT
Günter Berger1, Marius C. Barbu2, Hermann Huber3, Johann Berger4, G. Schwarzmann5
ABSTRACT: Lightweight in the wood-based construction and furniture industry is not a new topic. The density
reduction using sandwich structure with light cores for doors or mobile homes was confirmed by users more than three
decades ago. The engines for these developments are on the one hand the fast growing market of knockdown furniture
and on the other hand the increasing costs for energy and raw materials. Additional factors that make weight saving a
primary economical objective for most producers are transportation costs, easier handling and higher acceptance among
the end users. Moreover, customers demand more for ergonomically solutions regarding packaging. Today many ways
to attain a lighter wooden structure are on offer, some of them following partially in industrial application and only very
few of them following the nature solution. The first one is the use of light-weight wood species limited by the
availability, strengths, processability and so on. A second one is the sandwich structure made from hard faces like
plywood, particleboard or high density fiberboard and cores made from honeycomb paper or foams like the polystyrene
one. A third way to produce a light structure is to reduce the core weight drastically, using predesigned cavities or
skeletons with special shapes and connections to the faces. In this last development the biomimetic can inspire and
improve significantly the design and performances. Many patents were generated by researchers and developers for new
one-stage production processes for multi-layered panels with coatings made from foils, impregnated papers, veneers,
particles or fibres and a core consisting of solid wood with special designed cavities or embedded hard skeletons. These
prototypes were partially integrated in existing industrial processes for wood based panels keeping some of the
advantages of the biomimicry and of continuous production technique in matters of efficiency. Compared to sandwich
structures with foam or honeycomb paper core some problems of those like the connection in half or final parts,
resistance to water, moisture, temperature and fire, and maybe last but not least the recyclability were easy to solve.
KEYWORDS: biomimicry, light wood panels, Bionic Delta®, Dendrolight®

1 INTRODUCTION 123
The production of lightweight panels is more elaborate
with less output and raw material costs than to most
standard wood-based boards. The advantage of lightness
is counterbalanced by the low productivity, increased
prices for the final panel and sophisticated connections
for the half-parts [1]. If production processes become
more efficient by innovative solutions, up to 30% of the
produced thicker wood-based panels (> 20 mm) could be
substituted by lightweight panels [2]. The recent
decrease in classical board prices (especially PY, PB and
MDF) is still an impediment for a short-term market
implementation of the modern lightweight boards,
independent of their performances [3].

A special development between the many types of light
weight panels are multi-layered massive wood panels
which are combining easy and efficient the natural
advantages of light species but also highly engineered
light cores manufactured in a multiple profiling, crosslaminating and band-sawing process [4].
The key advantages of these Dendrolight® panels are
40% lower weight than softwood, higher dimensional
stability (only 0.5% thickness swelling) and a better
screw withdrawal. The thicker panels used for building
systems have good thermal, sound insulation and fire
resistance. The initial weaknesses of this development
regarding the laborious milling and sawing of lamellae
and the 40% volume of resulting saw residues were
solved with the first industrial production (fig.1) at
Dendrolight Latvija [3].
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Figure 1: Industrial manufacturing at Dendrolight Latvija Co.
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2 MATERIALS AND METHODS
The next step of development for the Dendrolight®
panels with improved properties is Bionic Delta®. The
upgrade of the geometry of the cavities offers new
possibilities in the production of furniture, wooden doors
and in wood construction.

Figure 2: Triangle geometry of the grooves in a Bionic Delta®
lightweight board [6]

The building material Bionic Delta® consists of different
softwood lamellae that are diagonally glued at an angle
of 32 degrees (to achieve an improved stiffness and a
reduced shape distortion of the faces). The new designed
grooves in the lightweight panels have triangle geometry
(fig.2) which is cut out of the sawn wood.
The core is optimized due to bionically shaped groovings
towards structural-physical properties and also resource
consumption. Together with the closed face layers
results an ecological product with following properties:
processing with standard tools; sustainable and resource
efficiency; simple edge processing; stress-free glue line
and of course low weight. Furthermore these lightweight
panels have an improved glued surface of the core [6].

Figure 4: Use of Bionic Delta® lightweight board for doors
[6]

2.2 TIMBER CONSTRUCTION SLAB
The newest designed construction structure comprises
two lightweight panels as faces and a core as insulating
material. The lightweight panel comprises boards
having, on at least one of the main surfaces thereof, a
group of parallel running grooves, being arranged in one
or many layers and connected to each other via adhesive
bonds (fig.5). The layer of insulating material is made of
wood particles, which are removed from the initial sawn
wood during the manufacturing of the grooves for the
lightweight panel and achieves a large overall volume
and low density [5].
The specific inline production process of the insulation
core optimizes the raw material utilization and opens
additional opportunities for the material in construction
applications.

Figure 3: Furniture applications of Bionic Delta® [6]

2.1 FURNITURE PANEL
The processed boards are cut and turned by 90 degree to
provide a very stable middle layer, which can be planked
by solid wood, veneers or fiberboards (fig.3 and 4). The
unique selling proposition of the product is next to the
specific mechanical properties the capability of standard
processing with usual tools and machinery, especially for
the edges and mechanical connectors.

Figure 5: Bionic Delta® lightweight construction element [6]
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3 RESULTS
For both uses of the developed Bionic Delta®
mechanical and physical properties were tested and the
data processed.
3.1 PROPERTIES OF THE FURNITURE PANELS
For the use in the furniture production the Bionic Delta®
was tested according to EN 310:2005 – Wood based
panels – Determination of modulus of elasticity in
bending and of bending strength – applying a 3-point
bending test, according to EN 319:2005– Particleboards
and fibreboards – Determination of the tensile strength
perpendicular to the plane of the board (Internal Bond),
according to EN 320:2011 - Particleboards and
fibreboards – determination of resistance to axial
withdrawal of screws and according to EN 317:2005 Particleboards and fibreboards – determination of
swelling in thickness after immersion in water (after
24h).

Panel type
20 mm
25 mm
60 mm

EB
Fmax
ßB
fFmax

EB
Fmax
ßB
fFmax
density
N/mm²
N
N/mm²
mm
g/cm³
2597,20
678,13
19,69
12,37
0,495
2693,37
822,81
19,29
14,22
0,502
1439,78
897,44
8,90
29,46
0,399

modulus of elasticity (N/mm²)
maximum load (N)
maximum bending stress (N/mm²)
deflection at maximum load (mm)

Table 1: Mean values of the 3-point of the bending test for
Bionic Delta® (n=4)

3.1.2 Transvers Tensile Strength / Internal Bond
The determination of the transvers tensile strength was
conducted according to EN 319:2005. The results show
considerably higher strength of the thicker middle layers.
Figure 7 shows the load-displacement chart of the tested
samples; table 2 shows the mean values of the results.
1.2

3.1.1 3-Point Bending Test

1.0

25

0.8
Querzugfestigkeit in N/mm²

The determination of the bending modulus of elasticity
(MOE) and the maximum defection was conducted
according to EN 310:2005.
Figure 6 shows the load-displacement chart of the tested
samples; table 1 shows the mean values of the results.

0.6
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Biegespannung in N/mm²
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Figure 7: Load displacement chart transvers tensile strength
test (internal bond) for 20-25-60 mm Bionic Delta® (density
500, respectively 400 kg/m³)

10

Panel type
20 mm
25 mm
60 mm

5

Fmax

ft
0
0

10

20

30

Durchbiegung in mm

Figure 6: Load-displacement chart of the 3 point bending test
for 20-25-60 mm Bionic Delta® (density 500, respectively 400
kg/m³)

ft
N/mm²

Fmax
N
1182,32
2199,30
2597,66

0,47
0,88
1,04

maximum load [N]
maximum transvers tensile strength [N/mm²]

Table 2: Mean values of the transvers tensile strength test
(internal bond) for Bionic Delta® (n=4)

Not typically like for particleboard and fibreboard occurs
a direct increase of transvers tensile strength on sample
thickness and the values for thicker samples are opposite
to other board types impressive high.
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3.1.3 Screw Withdrawal

3.1.4 Thickness Swelling after 24h

The determination of the withdrawal of screws was
conducted according to EN 320:2011.
The axial withdrawal of screws was tested by driving the
screws straight into the core without applying an edge
band (testing the strength of the edge). Due to this layout
there had been differences in the overall thickness of
wood the screws had penetrated. The tests of the
withdrawal of screws from the board faces (fig. 8)
yielded as expected higher results due to the structure
and density of the surface layer compared to the core
(edge).

The determination of the swelling in thickness after
immersion in water was conducted according to EN
317:2005. Table 5 shows the results of the thickness
swelling after 24h water immersion.

Panel type
20 mm
25 mm
60 mm

Thickness
after water
Thickness immersion
mm
mm
20,19
23,25
25,20
28,62
60,04
63,77

Swelling
%
15,17
13,60
6,21

Table 5: Mean values of the thickness swelling after 24h
immersion in water for Bionic Delta® (n=5)

Compared to other type of boards due to the massive
wood structure of the layers the standard deviation of the
results is very low (0.5 %). For thicker boards (>30 mm)
the values are low which confers a better dimensional
stability of Bionic Delta® during service.
3.2 TIMBER CONSTRUCTION SLAB
For these tests thicker Bionic Delta® samples (>70 mm)
were chosen. Additionally to the tests for furniture in
case 4 points bending and compression were performed.
3.2.1 3-Point Bending Test

Figure 8: Testing the screw withdrawal from the board faces

Table 3 shows the mean values of the results for faces
and table 4 for the edges of chosen Bionic Delta®.
Fmax
N
1105,30
1070,62
1142,82

Panel type
20 mm
25 mm
60 mm

Fmax

ft

ft
N/mm²
17,54
16,99
18,14

The test had been conducted using boards composed of
Bionic Delta middle layers and unilateral machined
surface layers with a thickness of 14 mm (fig. 9). The
overall thickness of the samples had been 75 mm and
125 mm.
The determination of the 3-point bending strength was
conducted according to EN 789:2004 – Timber
structures – Test methods – Determination of mechanical
properties of wood based panels.
Figure 10 shows the load-displacement chart of the
tested samples; table 6 shows the mean values of the
results.
To determine the mechanical properties the construction
boards had been tested like bumper brackets. Figure 7
shows the considerably higher strength of the thinner
boards due to their higher bulk density.

maximum load [N]
maximum withdrawal of screws (N/mm²)

Table 3: Mean values of screw withdrawal test from the face
for Bionic Delta® (n=4)

Panel type
20 mm
25 mm
60 mm

Fmax

ft

Fmax
N
712,04
816,55
745,72

ft
N/mm²
11,30
12,96
11,84

maximum load (N)
maximum withdrawal of screws (N/mm²)

Table 4: Mean values of screw withdrawal test from the edge
for Bionic Delta® (n=4)

Figure 9: Testing the 3 point bending strength of 75 mm Bionic
Delta ®
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Figure 10: Load-displacement chart of the 3-point
bending test for 75 and 125 mm Bionic Delta® (density
370, respectively 345 kg/m³)
Panel type
75 mm
125 mm

EB
Fmax
ßB
fFmax

EB
Fmax
ßB
fFmax
N/mm²
N
N/mm²
mm
6814,87
21927,65
21,44
2406,40
31629,73
11,13

9,96
9,57

modulus of elasticity [N/mm²]
maximum load [N]
maximum bending stress [N/mm²]
deflection at maximum load [mm]

Table 6: Mean values of the 3-point of the bending test for
Bionic Delta® (n=3, density 370, respectively 345 kg/m³)

0
0

2
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Figure 11: Load-displacement of the compression test for 75
and 125 mm Bionic Delta® (density 370, respectively 345
kg/m³)
Panel type
75 mm
125 mm

σD II

Fmax

σD II
Fmax
density
N/mm²
N
g/cm³
24,65 203728,86
0,369
15,71 200273,99
0,344

maximum compression strength [N/mm²]
maximum load [N]

Table 7: Mean values of the compression strength test for
Bionic Delta® (n=5)

3.2.2 Compression Strength
The determination of the compression strength was
conducted according to EN 789:2004.
The compression strength values for these Bionic Delta®
panels are comparable with the thin boards (75 mm
thickness) and on an acceptable 25 % lower level for the
thicker boards (125 mm thickness). The characteristic
value for the compression strength for solid timber is
21 N/mm² for the strength class C24 according to the
EN 338:2009. Most producers of cross laminated timber
in Austria refer to this standard.
Figure 11 shows the load-displacement chart of the
tested samples; table 7 shows the mean values of the
compression strength.
Figure 12 and 13: Loaded sample, failure in the connecting
area of the surface lamella and the middle lamella (pointing
arrow)

6

WCTE 2016 e-book | 423

The failure shows the high shear load in the surface
lamellae. Due to the diagonal arrangement of the
lamellae a shearing-off in the surface lamella at the
border between unmachined and machined area
occurred, roll feed behaviour happened (fig. 12 and 13).
The triangles of the machined area unroll more or less
due to the diagonal arrangement of the lamellae and then
lead to a failure in the glue line as well as in the cut
bases.

20

15

The determination of the 4-point bending modulus of
elasticity (fig. 14) was conducted according to EN
789:2004.

Biegespannung (4-Punkt) in MPa

3.2.3 4-Point Bending Test
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15

20

Durchbiegung in mm

Figure 14: 4-point bending test of 125 mm Bionic Delta®

Figure 15 shows the load-displacement chart of the
tested samples; table 8 shows the mean values of the
results.
Panel type
75 mm
125 mm

EB
Fmax
ßB
fFmax

EB
Fmax
ßB
fFmax
N/mm²
N
N/mm²
mm
6596,06
25144,51
17,88
2439,17
33952,39
8,69

density
g/cm³
9,92
0,374
9,99
0,348

modulus of elasticity [N/mm²]
maximum load [N]
maximum bending stress [N/mm²]
deflection at maximum load [mm]

Table 8: Mean values 4-point bending test for Bionic Delta®
(n=5)

Both the modulus of elasticity (MOE) and the bending
strength for the Bionic Delta® panel are lower compared
to the values for solid timber according to EN 338:2009.
The MOE for the thin panel (75 mm thickness) is
approximately 40 % less than for solid timber. The MOE
for the panels with 125 mm thickness is approximately
80 % less than the value for solid timber. The bending
strength for the thin panel (75 mm thickness) is
approximately 25 % less than for solid timber. The
bending strength for the panels with 125 mm thickness is
64 % less than the value for solid timber.

Figure 15: Load-displacement chart 4-point bending test for
75 and 125 mm Bionic Delta® (density 370, respectively 345
kg/m³)

The value for the MOE of solid timber is 11.000 N/mm²
and the value for the bending strength is 24 N/mm² for
strength class C24 according to the EN 338:2009. Most
producers of cross laminated timber in Austria refer to
this standard.
These lower values of the Bionic Delta® panels result
due to the lower density of cores which caused inner
cuttings and due to the cutting through of the grain
which caused the formation of the cuttings across the
grain.
3.2.4 Screw Withdrawal
The determination of the withdrawal of screws was
conducted according to EN 320:201. Figure 16 shows
the load-displacement chart of the tests; table 9 shows
the mean values of the results.
The withdrawal of screws was conducted at boards with
a thickness of 75 mm. Both the edge and the face had
been tested while the test of the surface showed a
slightly higher strength (see also 3.1.3).
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Figure 17: Brand steering wheel for Bionic Delta® [6]
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Figure 16: Load-displacement chart withdrawal of screws for
75 mm Bionic Delta® from face and edge (density 370 kg/m³)

Test direction
surface
edge

Fmax

ft

Fmax
N
1401,53
1211,55

ft
N/mm²
22,25
19,23

maximum load [N]
maximum withdrawal of screws strength [N/mm²]

Table 9: Mean values of screw withdrawal from the face and
edge for 75 mm Bionic Delta® (n=4)

3.3 BRAND DEVELOPMENT
Parallel to the technical development of the product a
brand with corresponding characteristics was developed
using the brand steering wheel of Esch [7] (fig. 17).
Customers need an easy access to the benefits of the
unique selling proposition of the product. The vapour
permeability is the main advantage compared to timber
frame constructions or cross laminated timber. On the
one hand the emotions of customers can be addressed,
but also the quality and the durability of the construction
shows advantages to existing systems.
The development of the product and the creation of the
brand and the marketing activities were organized as an
integrated process. The demands and needs from the
markets, the requirements for the material and the
controlled perception of the properties were permanently
synchronized in the interdisciplinary development
process.

The technical attributes were transferred to emotional
brand tonalities and a corporate design, which was
commonly created by various members of the project
team. This fact leads to the advantage that all project
members were committed, so the communication in the
markets is highly authentic, as all proponents of the
development had the possibility to contribute in this
interdisciplinary product development process.

4 CONCLUSIONS
This wall system using Bionic Delta® will have the
capability of being a “factor five” material, as depending
on the density of the insulation material for the core.
1 m³ of sawn wood can be processed to up to 5 m³ of
wooden building material with biomimicry properties
like permeability, stiffness and improved force
transmission in case of earthquakes.
The product shows advantages in several fields of
application from doors, furniture boards, partition walls
and load caring in buildings.
The market penetration started successfully for interior
applications. Future steps should focus the building
application as load carrying elements with appropriated
connectors which should be further optimized. Also the
development of the insulation layer made from wooden
particles generated during processing of Bionic Delta®
should be continued.
Another research activity should focus the thin boards
(< 20 mm thickness) for table tops and the
monolithically construction element with a thickness of
125 mm and more.
The first production site will operate in Switzerland in
fall 2016 having an annual design capacity of 15.000 m3.
As a next step of development of this patented product
will be the optimization of the sawdust geometry. In this
case some of the shaving fractions could be used for the
production of the core insulation material for this wall.
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PANEL OF STRAND LUMBER COMPOSITE OF SUGARCANE BAGASSE
AND PLYWOOD
Antônio da Silva¹, Francisco Lahr², Juliana Azevedo3, Nailton Mafra4, Gabrielli
Almeida5.

ABSTRACT: The sugarcane is widely cultivated and extracted in Brazil when its main derivative, left tons of
bagasse that is accumulated in areas as dumps. Researchers and several engineers are trying to develop techniques for
construction using materials such as sugar cane bagasse to be reused in a beneficial way for society, in order to reduce
costs and bring innovation. Seeking to make feasible the use of bagasse, this research aims to be able to make a Strand
Lumber on slides with Oriented Strand Board (OSB) of bagasse. The panel will use the bagasse as raw material, by
reusing this material without commercial value and turning into an important component of this new technology. Thus,
it is important to note that there is also a consequence that covers the social aspect. It becomes possible to design a
house environmentally friendly by reducing the costs using sustainable material.
KEYWORDS: Strand Lumber, bagasse, OSB

1 INTRODUCTION 123
Brazil is the largest producer of sugarcane in the world,
when extracted its main derivative, left tons of sugarcane
bagasse and this may accumulate in regions such as
garbage dumps. With the technological evolution and
continuous concern for preserving the environment,
scientists, engineers and ordinary people try to develop
techniques for the construction by using materials such
as sugar cane bagasse to reuse in a beneficial way for
society and this also could reduce costs and incentive the
innovation. This strategy, in addition to generating less
waste and the accumulation of bagasse, results in a good
reduce of the cost at the end of the work. Trying to make
feasible the use of sugarcane bagasse, this research aims
to manufacture a panel slides bagasse strips.
The panel will use the bagasse as raw material, by
reusing this material without price and turning into an
important component in this new technology. The use of
this panel may also be able to lower the costs in the
manufacture of beams, headers, rivet, rimmed plates, and
joinery components of this new material. This paper
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aims to allow the use of sugarcane residue associated
with laminated boards of wood, a material of great
strength and rigidity.
The purpose of this research project is to make feasible
the use of bagasse-cane to the viability of support
elements and prove that the sugarcane bagasse structure
at normal levels of temperature and pressure can achieve
high strength and stiffness, and physical and mechanical
properties, same order as the existing materials that have
wood as a masterpiece.
Thus, it is important to note that there is also a
consequence of covering the social aspect. It is feasible
to design an environmentally friendly house cheapening
the cost by using sustainable material. Thus, by helping
Brazil, the largest producer of sugarcane, the use of this
unexploited material becoming a great benefit to society.
This idea was made in Brazil; therefore, it is significant
to mention that Brazil is a country that has a large
number of plantations of sugarcane. "São Paulo, the
biggest city in Brazil is responsible for 62% of
sugarcane, 64 % alcohol and 56 % of the sugar produced
inside the Country." (Magalhães, Braunbeck, 1998)
From that thought, the ongoing project aims to create a
new material in construction and also, especially, crave
an effective way to preserve the environment. This
project can be applied in cities that also have a
significant production of sugar cane.
The idea is to create a structural panel by using sugar
cane and plywood. The panel is based in the structural
panel called OSB (Oriented Structural Board). This
structural panel (OSB) has several classifications
according to the oriented wood particles. Moreover, it
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has a low cost and the mechanical properties have
structural characteristics. Strand Lumber was made from
strips of wood chipped having a ratio of length, thickness
and height. Combined with a resin, the strands are
oriented and trained on a large tablet and carpet. This
product provides a holding force of fastener performance
and mechanical connection. LSL (Laminated Strand
Lumber) and OSL (Oriented Strand Lumber) are often
used in a variety of applications such as joists, headers,
rivet flange plates, and joinery components.
The framework developed in this project is aimed to
obtain significant proprieties, similar to Strand Lumber
of the market. However, the greatest benefit of future
panel Strand Lumber will be the environmental impact
and ease of using structures of this size at a lower cost,
yielding the same technical characteristics and,
especially, taking into account the safety of the structure
and satisfaction of the population in the use of
innovation.

Figura 1: Sugarcane
After extract the main material of the sugarcane, the
bagasse is rejected. Most of the time, the bagasse is
deposited in the dumps. The picture of this situation is
shown below, in figure 2.

2 MATERIALS
Every year the technological evolution intends to grow,
and they have to expose their concern for preserving the
environment, scientists, engineers Rafael Mendes and
Jose Benedito Guimarães Júnior, they are trying to
develop techniques for the construction by using
materials such as sugarcane bagasse. This strategy, in
addition to generating less waste and the accumulation of
bagasse, as depicted in Figure 1, results in a good
economy at the end of the work.
2.1. SUGARCANE
The sugarcane is a long, thin stem plant with leaves too
long and green. Its trunk is soft and has a high
concentration of sugar. (Figure 1)
Of Asian origin, sugarcane was brought to Brazil by the
Portuguese people in the first decade of the sixteenth
century. Sugarcane developed successfully in north
eastern of Brazil, and Brazil became the main producer
and exporter of sugar in the sixteenth and seventeenth
centuries.
The height that this species reaches is directly linked to
the amount of sun it receives daily. Grown in tropical
climates or sub-tropical, the feet of sugarcane are of the
same family of plants such as corn, rice and barley.
Culture can develop even in soils without many
resources, such as the Cerrado (it can be seen in some
areas of the north of Brazil).
The sugarcane produced today is the result of several
genetic improvements made by crossing their species.
It is possible to find the bagasse in Brazil. The region of
the state of São Paulo concentrates currently the largest
amount of sugarcane fields. The plants produce alcohol,
especially ethanol for use as motor fuel.

Figure 2: Sugarcane bagasse
The main economic activities that make use of sugarcane
(ethanol and sugar production) run through the
mechanical removal of molasses (sugar + water), which
generates the bagasse. Part of this residue is used as lowincome fuel and the other is discarded.
It is important to assume, at the national level to create
techniques for the use of this waste as it can bring
significant changes in industrial policies of domestic
materials for a greater scientific development and
sustainability in Brazil.
2.2. POLYURETHANE RESIN
The Oriented Strand Board is commonly used with the
following resins to ensure the unification of wood fibre:
Phenol Formaldehyde resin (PF), the Melamine Urea
Formaldehyde (MUF) or the polyurethane based diisocyanate (PMDI). The principal ingredient to produce
this resin is the Ricinus communis, the castorbean or
castor-oil-plant, is a species of flowering plant in the
spurge family, Euphorbiaceae. The castor bean is found
mainly in tropical and subtropical regions of Brazilian
native vegetation, so the polyurethane resin is derived
from castor oil following the global trend towards the
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use of natural and inexpensive source materials, allowing
their use in OSB consistence of long fibres of bagasse.
The features of this material (Castor Bean) are described
in table 1.
Table 1: The features of the castor bean
FEATURES OF THE
CASTOR BEAN
Product Appearance
Solid Content (0.5g/3h/105ºC), %
Viscosity (Cent poise/25ºC)
pH (25ºC)
Density (25ºC), g/cm³
Foemaldehyde free, % (after
24hours production)
(**) gel time – (BWG), minutes

Polyols/prepolymers
Yellow oily liquid
0/0
(700-1000)/(50-100)
5/4
0.9/1.2
Maximum 0.1
5-20

From this oil, it is possible to produce polyols and prepolymers with different characteristics which, when
mixed, produce, in the cold, a polymerization reaction of
the mixture that constitutes the polyurethane resin
(polyol). By varying the amount of polyol applied to the
plates, it is possible to graduate more and less flexibility
of the final compound. Now the use of suitable catalyst
can increase the bio-component reaction speed.
The wood panel industry is of great importance for the
Brazilian economy, not only by generating foreign
exchange and jobs, as well as the upward momentum
radiating, especially for furniture makers and
construction sectors. To endure such dynamism is
necessary, however, the realization of technological
investments aimed at expansion and improvement in the
production of panels.
It is important to say that the polyurethane resin derived
from castor oil is obtained from natural and renewable
resource, not aggressive to humans or the environment
and is a national technology.
Several applications have proven viable, from studies
conducted in Laboratory Woods and Timber Structures LaMEM, Department of Structural Engineering, School
of Engineering of São Carlos, USP. Among them it
highlights the good performance of said adhesive in the
manufacture of glued laminated timber.
Wood products are classified as products made from
strips, particles and fibres. Among these products, there
have been the plywood plates, composed of wood veneer
glued together. The blades are arranged over each other
orthogonally with the direction of the fibres alternate.

Figure 3: Three types of wood according to this
technology
A significant group of materials Strand Lumber are
virtually resistant to cracking, warping and shrinkage.
Therefore, they are manufactured with the grain of each
layer of leaves oriented parallel.
Combined with a resin, the strands are oriented and
trained on a large tablet carpet. This product provides a
good connection performance and mechanical fastener
retaining force. LSL (Laminated Strand Lumber) and
OSL (Oriented Strand Lumber) are often used in a
variety of applications such as joists, headers, rivet, ring
plates and joinery components, as can be seen in Figures
4, 5 and 6.

Figure 4: The orientation of the Strand Lumber Beam

2.3. ORIENTED STRAND LUMBER (OSL)
The oriented strand lumber (OSL) was developed by
MacMillan Bloedel Ltd., recently named as
TimberStrand ™ LSL or laminated strand lumber (LSL).
This product is made of larger fillets subjected to
pressing by steam injection, giving a uniform product
density (Maloney, 1996). Some of these woods
technologies can be seen in Figure 3.

Figure 5: Orientarion of the Strand Lumber Column
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The laminated plywood is illustrated in figure 8 below.

Figure 6: Floor Orientation made of Strand Lumber
2.4. LAMINATED PLYWOOD
Currently, wood is widely used, mainly in the production
of plywood and coatings. This product, however, did not
appear in today's modern times, but in ancient times of
civilization.
This use of rolling products is very diverse, for example,
the component parts of a modern wooden house (floors,
ceilings, interior and exterior walls, etc) in the
manufacture of boats, in the production of special
packaging resistant to exposure time, the manufacture of
musical and sports instruments, as well as in
construction, which greatly employs plywood, in
addition to other possible and probable applications
(Figure 7).

Figure 8: Laminated plywood minutely
The plywood aids the stand lumber to achieve a
satisfactory results and also helps with the structure and
possible mechanical resistance.
3

METHODOLOGY

The methodology is based on the production of OSL
panels produced from sugarcane bagasse.
The literature survey was based on the study of articles:
Application of long and oriented particles of sugarcane
bagasse in the production of particulate panel similar to
OSB (Parga, 2006) and use the alembic of sugarcane
bagasse in the production of particleboard (Mendes,
2008).
The sugar cane panel needs the following materials:
• Plate oriented composed of sugarcane bagasse;
• Resin;
• Wood blades.
For the implementation of this project it was necessary
some measures. And the first was the preparation of the
material that will be used. For OSB bagasse, first we had
to go through the treatment process. As shown in figure
9.

Figure 7: Plywood Laminated
At present, there is the trend of globalization of the
world economy, leading to a new industrial revolution,
including restructuring and rapid modernization in the
industries in order that they become able to produce
products with higher quality, lower costs and
competitiveness in the international market by ISO9000
and it will soon be enhanced by ISO 14000.
The rolling industry follows this trend, modernizing their
equipment and techniques, introducing modern
machines, able to process logs up to 2 meters in diameter
with a speed of 600 rpm, computer-controlled, beyond
development of optical measuring systems logs as well
as modern guillotines and dryers among many other
innovations.

Figure 9: Bagasse in submerged in water treatment to
remove impurities
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After collected the bagasse of sugarcane in places where
it is extracted from the cane juice. The residue was
treated properly selected, exposed to drying, as
illustrated in Figure 9, and cut at 10 to 13 centimetres
long strips (Figure 10).

Figure 9: Bagasse placed in an oven to dry (60 ° C)

Figure 11: Mix between the Sugarcane bagasse and the
polyurethane resin
To compose the material, it was necessary to use
hydraulic press (model SL 10/5) to compress the
material (Figure 11), applying pressure for 24 hours.

Figure 10: Material after the cut
For the manufacture of oriented board of sugarcane
bagasse (OSB) it was separated a quantity of bagasse
and polyurethane resin. After separation of the material,
it was mixed homogeneously and placed in an orderly
manner the sugarcane bagasse fibre impregnated with
resin to be pressed.
This stage is a determinant step to the major process
because it has to be done carefully. It is important that
the polyurethane resin is in every piece of sugarcane
bagasse. This will benefit the Oriented Strand Board due
to a stable link between the materials. Thus, these
advantages can be related in the mechanical tests.

Figure 12: Preparation of the material
After the production of OSB sheets of sugarcane
bagasse, it was produced the OSL by putting the
laminated wood between two plates of OSB cane. By
using the polyurethane resin to compose the board this
process was finalized immediately after the board was
pressed for 24 hours.
Finally, after the conclusion of the board, it was
necessary to press again the material with two laminated
plywood to compose the Strand Lumber panel using
sugarcane bagasse and plywood board as illustrated in
Figures 13 and 14.
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4 RESULTS AND DISCUSSION
The strand lumber panel has good density and strength in
addition of being a structural material it can also be used
in an aesthetic way. The panel is illustrated in figures 15,
16 and 17.
In addition, the material traction resistance is around
70MPa, and it can be more than 70MPa if we select the
material and use the hard part of the bagasse. Then, the
material after the entire process will result as show
below.
The mechanical tests will be provided as soon as
possible to prove that the panel made by sugarcane
bagasse and laminated plywood can correspond the
expectations.
Figure 13: The Oriented Strand Lumber of sugarcane
bagasse

Figure 15: Strand Lumber of sugar cane (top view)

Figura 14: Strand Lumber panel using sugarcane
bagasse and plywood board
The new panel of sugarcane bagasse will provide a
predominantly scientific view and focused innovation
technological adaptation also to the unusable waste
utilization to be employed to correspond to results of
physical and mechanical tests and thus be designated as
a material in civil construction.
The project do not show what is the problem, signalling
evidenced by indicators combined with the analysis of
root cause in the measured size (cost, time, quality, user
satisfaction, among others) will allow the identification
of issues for further decision making and implementation
of the project.
The framework developed in this project is innovative
and targets to get similar properties or next to the
existing panel. However, the greatest benefit of the new
panel is in the environmental context and the ease of
using this scale structures at a lower cost, obtaining the
same technical characteristics and mainly taking into
consideration the safety of the structure and satisfaction
of population and its use as a panel.

Figure 16: Strand Lumber of sugar cane

Figure 17: Detailed thickness
To produce the Oriented Strand Board of sugarcane
bagasse, it was used 135.0 grams of sugarcane bagasse
and 33.75 grams of polyurethane resin to compose a
plate of 22x22cm.
After pressing, the weight of material was corresponded
to 192.86 grams. And the OSB of sugarcane area
correspondent is 484.0 cm².
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To become aware of its thickness, in millimeters, it was
measured the material using the caliper as shown in
figure below.

7.03mm

8.90mm

11.76
mm

8.28
mm

10.34
mm

5.70
mm
8.31mm

6.57mm

Figure 18: Thickness values of the OSB of sugarcane
By using mathematical tools, the average thickness is
8.361mm. Therefore, it is important to know that the
material could be thicker if the press is automatic.
Although, by using the area and thickness, the volume is
404.624 cm³
By calculating the density of the Oriented Strand Board
that is given as 0.476 g/cm³
For the production of Strand Lumber, it was used a
plywood board between the two boards of Oriented
Strand Lumber sugarcane bagasse.
The weight of the material is 444.90 grams and with the
following dimensions 20.5x19.5. The average thickness
is 21.28 mm. And by using the same tools, it is possible
to calculate the area, volume and density of the material
which is, respectively, 399.75 cm² 850.668 cm² and
0.523g/cm³.
Therefore, to summarize and achieve better
comprehension, those results are illustrating in table 2.
Table 2: Results of the OSB and Strand Lumber
Material

OSB of
sugarcane
bagasse

Strand Lumber
of OSB of
sugarcane
bagasse

Characteristics
Weight

135.0 g

444.90 g

Dimension

22x22 cm

20.5x19.5 cm

Average
Thickness
Area

8.361 cm

21.28 cm

484.0 cm²

399.75 cm²

Volume

404.624 cm³

850.668 cm³

Density

0.476 g/cm³

0.523 g/cm³

5 CONCLUSIONS
To accomplish the production of Strand Lumber, we can
see that this new material using sugarcane bagasse as the
primary raw material has greater benefit in the
environmental scope and easier to use this size structures
at a lower cost thus generating the satisfaction of when
people use as panel.
It should be noted that there is also a consequence of
covering the social aspect. It is feasible to design an
environmentally friendly home cheapening the cost by
using sustainable material.
Thus, the largest producer of sugarcane, Brazil, will use
this material that is rejected and unused becoming a
great benefit to society.
Thus, we are working to achieve the mechanical and
physical tests that through these results we can designate
the category and use of this material, in addition to its
specifications and resistance.
And always highlighting the concern for the
environment, it will be using a material, which exists in
large scale in Brazil and re-using it in construction
environment. And by the results, this innovative
technological side panel will bring a great impact on
sustainable buildings.
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THIN WEAR LAYERS OF TREE BARK AS A SUBSTITUTE FOR CORK IN
FLOORING TILES
Eugenia M. Tudor1, Marius C. Barbu2, Alexander Petutschnigg3, Roman Reh4
ABSTRACT: The use of tree by-products for other purposes than energy production is becoming increasingly
important nowadays. The present study is devoted to a new use for larch bark, as a substitute for cork flooring tiles.
Within this study it was researched if the larch bark can be suitable to replace the cork wear layer.
For this purpose were produced 3 mm thin boards with small particles of larch bark (3-6 mm), using polyurethane
adhesive for the wear layers of flooring tiles. These boards were coated exactly like the classic flooring tiles with
underlay paper. HDF was used as the middle layer. Then the wear layers were sanded and lacquered. The thickness of
the multilayer board is 10 mm. The mechanical, physical and surface properties of the multilayer flooring tiles were
tested, statistically analysed and then compared with those coated with cork.
It was found that mechanical (bending strength, elasticity module, surface soundness, Brinell hardness), physical (water
absorption and thickness swelling after 24h) and surface properties (fire resistance, staining and resistance to chemicals)
of the tested specimens of flooring tiles with wear layer made of larch bark are similar and competitive to the flooring
tiles with wear layer made of cork.
KEYWORDS: Tree bark, cork, flooring tiles, bark-based particleboards

1. INTRODUCTION 123
The classic wooden products for the floor coverings have
been completed and partially replaced over several
decades with different composites or other alternative
materials [1]. For the multi-layer floorings, the surface
stratum can consist of impregnated decorative paper (e.g.
melamine formaldehyde), cork and linoleum. Cork is a
special oak tree bark (of Quercus suber) and one of the
most sustainable raw materials worldwide [2].
According to a study the Confederation of European
Paper Industries, the entire stock of forests and timber
volumes in Europe amounts to 21 billion m³ round wood
[3], of which about 10% bark. The annual growth rate is
1.27 billion m3 of round wood (with bark). The scarcity
of wood resources should be taken into consideration
and for this reason a long-term objective is the high
utilization of waste materials by further use and reuse.
The politicians aim to prevent the direct burning of wood
and emphasize the importance of material use of this
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sustainable resource [4]. The European Parliament
places great value to the cascading use of wood [5] (fig.
1).

Figure 1: Cascading use of wood [5]

Bark still ranks among the category of natural products
with little value [6] but, since decades, different uses for
wood-based composites were tested.
Since years the interest in the bark utilization let to
studies about manufacturing of the particleboards [7],
[8], [9], [10], insulation boards [11], [12], [13], bark
granulates and bark pellets [13], as well as an energysource [14].
Thanks to its own special properties, the larch bark
(Larix decidua Mill.) was chosen for this study. Larch is
widespread in Austria; the share of the growing stock is
6.6% [15]. Other studies using this type of bark were
successfully conducted for the production of
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particleboard of various densities and different particle
size [11].
According to Austrian Forest Inventory (ÖWI), about
1 million solid cubic meters larch wood are constantly
used per year [16] since the 1980s. Amongst this, the
larch bark has a share of 25% on stem volume [17] [18],
which mean almost twice the amount of bark percentage
compared to other types of wood.
The larch bark contains various extractives. Following
hot water soluble extracts accrued: 35% sugar, especially
glucose [19], 30% lignin, 10 to 12% tannins and about
4% methoxyl [20], 3% resin and 13% arabinogalactan
[21], [22].
For both virgin and reproduction cork, the average
chemical composition consists of 15.3% total
extractives, 38.6% suberin, 21.7% lignin, 18.2% polysaccharides and 0.7% ash. Glucose represents 50.6% of
all monosaccharides, xylose 35.0%, arabinose 7.0% and
galactose and mannose, respectively, 3.6% and 3.4%
[23].
The purpose of this paper is to find out alternatives to
replace the wear layer of cork through larch bark.
Although cork is the most sustainable raw material, its
quantities are limited, considering that most of the cork
forests are situated (mostly) in the north-western
Mediterranean area [1].
According to the sector-radar "Floor and parquet
adhesives Austria 2014" by Kreutzer Fischer and
partners [24], in 2013 the demand for elastic and wooden
floors was by 4% to (19.8 million m²). The two reasons
that have been mentioned are still a stable demand for
elastic floors and the decline in demand for parquet
(especially the floating multi-layered wood flooring). To
the elastic floors belong the cork ones. Then, the aim of
this paper is also defined by its market relevance.

Figure 2: Sieve analysis of the larch bark fractions

2.1 MANUFACTURING OF THE LARCH
BARK WEAR LAYERS
Five different wear layers of larch bark with densities
varying from 450 to 800 kg/m³ were produced.
Polyurethane adhesive Epotal Eco with a solid content of
40%, pH-Value 8 and 40 mPa x s viscosity without any
hardener was added at a gluing level of 10%, based on
the weight of particles. Considering of the small amount
of larch bark particles and resin, the mixture was made
manually for about 3 minutes, to obtain a homogenized
mass. This mixture was discharged and spread in a
mould of 500x500 mm² and manually pre-compacted.

2. MATERIALS AND METHODS
The wear layers are based on larch (Larix decidua Mill.)
bark, which was collected in Graggaber sawmill in
Salzburg County, Austria.
As adhesive was used Epotal P100 ECO, an aqueous
dispersion of a polyester- polyurethane elastomer from
BASF, compostable according to EN 13432:2000 [25]
[26].
The bark was crushed in a four-spindle shredder (RS40)
at UNTHA in Kuchl (Austria) and successively sieved so
that only the fraction of 3–6 mm was selected for the
production of the 3 mm thin boards. This fraction was
dried with a vacuum dryer (Brunner-Hildebrand High
VAC-S, HV-S1) at 60°C and an absolute pressure of
200–250 mbar until a final average moisture content of
9–10 % [27] was reached. Three samples of 100 g each
were weighed and screened [28]. The mass fractional
shares of different particle sizes are shown in fig. 2.
Then the boards were pressed with a Höfer HLOP 280
laboratory press of Salzburg University of Applied
Sciences (fig. 3) for 5 min. at a plate temperature of
80° C fixing the final thickness of the panel at 3 mm.

Figure 3: Manufacturing of the larch bark coatings with a
Höfer HLOP 280 Press

Five different boards, named after the density of the
surface layer (E_450, E_500, E_600, E_700 and E-800)
were manufactured with two replicates each. Two
similar boards, with a thickness of 10 mm, with cork
wear layer were delivered from Tilo Company in
Lohnsburg (Austria), in order to serve as reference for
tests. The effect of density and resin amount was studied
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Table 1: Experimental design for the larch bark wear layers

Wear
layer
type
E_450
E_500
E_600
E_700
E_800

Density
(kg/m³)
450
500
600
700
800

Adhesive
PUR
(%)
10
10
10
10
10

Press
temp.
(°C)
80
80
80
80
80

Press
time
(min)
5
5
5
5
5

Final
size
(mm³)
500x500x3
500x500x3
500x500x3
500x500x3
500x500x3

The PUR-bonded larch bark boards were industrially
pressed for 30 minutes with 7 mm HDF carrier boards
and counteracting paper (120 g/mm²) using a PVAc
Folcolit adhesive (Follmann&Co), then sanded (0,1 mm
abrasion) and lacquered with Twist Plus (gloss level 18)
at a film thickness of 65 μm. at the previous mentioned
company Tilo, resulting a 10 mm sandwich board.
2.2 BOARD PROPERTIES
The multi-layered samples were selected from different
areas of the board and cut according to EN 326-1:1994.
They showed an average moisture content (MC) of 9%
with a standard deviation of 0.5 %. The specimens were
tested for mechanical properties like surface soundness
(SS, EN 311:2002), Brinell hardness (HBW), physical
properties like density (EN 323:1993), water absorption
(WA) and thickness swelling (TS) after 24 hours
(EN 317:2005) and surface properties like abrasion
resistance (EN 14354:2014), with S42 abrasive paper,
cross-cut test (EN 2409:2013), behaviour at chemical
strain (EN 26987:2012) and resistance against fire (EN
ISO 11925-2:2010). Before testing, the boards were
stored in a climate chamber at 20°C and 65 % relative air
humidity for 2–3 days, which resulted in an average
moisture content of 9,9 %.

3. RESULTS
The panel´s characteristics are presented in Table 2. The
best results were obtained for type E_800 in terms of
surface soundness and Brinell hardness, but also
thickness swelling and water absorption, despite the fact
that the values for the latter are more than 15% as
EN 14534:2004 requires.
Table 2: Physical and mechanical properties of investigated
multi-layered flooring boards with wear layer of larch bark

Type
E_450
E_500
E_600

Density
(kg/m³)

813.06

SS
N/mm²

0.25

HBW
N/mm²

15.10

TS
%

23.4

WA
%

29.5

(6.53)

(0.04)

(0.94)

(2.36)

(0.96)

817.34

0.23

18.18

23.95

25.61

(6.95)

(0,01)

(1.06)

(1.32)

(1,54)

844.90

0,24

19.14

29.92

27.29

(10.71)

(0.02)

(1.08)

(0.66)

(0.43)

E_700
E_800
Cork
EN

873.82

0.33

19.83

31.11

29.12

(12.19)

(0.03)

(1.86)

(0.75)

(0.87)

890,91

0.31

26.83

20.66

23.51

(5.63)

(0.02)

(5.95)

(1.4)

(0.6)

752.45

0.79

10,00

2.99

10.25

(9.73)

(0.02)

(0,00)

(0.27)

(0.05)

≥1*

≤15**

*

Minimum requirements according to EN 13329:2005

**

Minimum requirements according to EN 14534:2014

The results of the most important tested mechanical
properties are showed in the Figures 4 to 7.
3.1 SURFACE SOUNDNESSS
The surface soundness [29] conferred to this study
information about the cohesion of the particles in bark
face layers, the quality of the bonding of wear layer and
HDF panel, as well as the liability of the lacquer topcoat.
None of the manufactured multi-layered boards with
larch bark wear coating reached values for surface
soundness close to 0.8 N/mm², calculated for the
industrial boards with face layer of cork, as displayed in
the following diagram (fig.4). Values between 0.21 and
0.38 N/mm² have been registered in case of these
manufactured samples, that are significant smaller as
1 N/mm², as EN 13329:2006 requires, so are not
sufficient for the lower Class 21 - service category
domestic-light (higher quality for Class 33 – commercial
heavy). Varying density from 450 to 800 kg/m³ for the
face layers showed unfortunately no improvement of
surface soundness.
1
SS (N/mm²)

according to the experimental design depicted in
Table 1.

0,8
0,6
0,4
0,2
0

E_450 E_500 E_600 E_700 E_800 Cork

Figure 4: Surface soundness for multi-layered floorings with
wear layer of larch and cork (n=6)

3.2 BRINELL HARDNESS
By observing the resistance to indentation (Brinell
hardness) [30] in the diagram (fig. 5) is obvious that the
higher the density of the wear layers, the higher the
Brinell hardness values. The boards with cork coatings
reached 10 N/mm², over-passed gradually by E_450
(from 14 to 16 N/mm²), E500 (from 17 to 20 N/mm²),
E_600 (from 18 to 21 N/mm²), E_700 (from 17 to 23
N/mm²) and E_800 (from 20 to 28 N/mm²). As the
hardness is a key indicator for the floorings, reaching
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values at least double as the ones for cork shows that the
larch bark layer with densities above 700 kg/m³ can
compete with other elastic coatings.

(from 18 to 27%). The specimens with density between
500 and 700 kg/m³ reached values from 27 to 32%.

25
TS (%)

20
15
10
5
0

E_450 E_500 E_600 E_700 E_800 Cork

Figure 5: Brinell hardness of multi-layered floorings with
wear layer of larch and cork (n=6)

A Shapiro-Wilk test (p = 0.409> 0.05) [31] and a visual
analysis of the histogram were performed for the surface
soundness and Brinell hardness. The Shapiro-Wilk test
(Figure 6 left), showed that the surface soundness is
distributed almost normally, with a skewness of 0.351
(SE = 0.472) and kurtosis of -0.501 (SE = 0.918). The Z
value of skewness is 0.743 and for kurtosis Z value 0.545 (± 1.96).
The histogram of Brinell hardness (fig. 6 right) shows
the approximate distribution of the measured values
(p = 0.902), the upper limit of 0.094 (SE = 0.472) and
lower limit of -0.560. The Z-values are 0.199 for Brinell
hardness (upper limit), and - 0.61 (lower limit) (± 1.96).

35
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E_450 E_500 E_600 E_700 E_800 Cork

Figure 7: Thickness swelling after 24 h (%) of multi-layered
floorings with wear layer of larch and agglomerated cork
(n=6)

3.4 WATER ABSORPTION AFTER 24h

WA (%)

HBW (N/mm²)

30

35
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E_450 E_500 E_600 E_700 E_800 Cork

Figure 8: Water absorption after 24 h (%) of multi-layered
floorings with wear layer of larch and agglomerated cork
(n=6)

Figure 6: Histogram of surface soundness (left, N/mm²) and
Brinell hardness (right, N/mm²)

Exposed to moisture the agglomerated cork withstand
better as the bark-composites, with average water
absorption of 10.25% (fig. 8). The samples coated with
larch bark showed higher values (with averages between
23.5 and 29.5%, explained by the porosity caused by the
different distribution of bark fractions and also by the
properties of bark´s composition.

3.3 THICKNESS SWELLING AFTER 24h

3.5 ABRASION RESISTANCE

Thickness swelling and water absorption depend not
solely on the particle size and structural properties of the
material, but also significantly on the adhesive used [1].
By measuring thickness swelling and water absorption
after 24 hours could be documented the influence of the
adhesive on the behaviour of the materials during the
water storage (20°C).
The boards coated with agglomerated cork achieved the
lowest percentages of thickness swelling, varying from
2.76 to 3.45% (fig.7). The density of the PUR-bonded
wear layers based on larch bark could be an uncertain
criteria for characterising this physical property, because
the samples with a density of 450 and 800 kg/m³ have
similar behaviour after immersing in water for 24 h

Abrasion resistance [32] is presented through the
quadrants (fig.9) and resulted rotations numbers (tab. 3).
As opposed to the norm EN 14354:2007 the results are
not rounded to hundreds, but accurately represented [33].
Reason for that is that the rounded values would all be
the same at 100 revolutions and thus no significant
difference can be revealed. The reference samples of
cork reached 154 rotations and are thus exactly 29
revolutions to the minimum of 125 revolutions of E_450
board. The best result achieved the E_600 and E_800
boards with 140 turns, so it is 14 turns on the reference
samples of the cork.
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Table 4: Standard classification of the cross-cut test [34]

Figure 9: Specimen divided in 16 quadrants for determining
the abrasion resistance

However, these values provide only marginal
information about the wear layers because only the
lacquered surface was abraded. Some differences
occurred also because the manual scattering of PURglued larch bark in the mould that conducted to different
lack amounts on the surface, as the thickness is not
constant.
Table 3: Abrasion resistance (rotation numbers) of the multilayered boards with larch bark wear layers compared with the
industrial cork floorings

Wear
layer
type
E_450
E_500
E_600
E_700
E_800
Cork

Rotation
number
125
127
140
135
140
154

3.6 CROSS-CUT TEST
Just like the test method for determining the abrasion
resistance, the cross-cut test [34] provides also no
quantitative but qualitative results about the wear layer
made of larch bark.
However, it delivers information on the surface quality
and adhesion of the coating, which is indispensable in
the flooring industry. The results were visually evaluated
and classified according to EN 2409:2013 (tab. 4).
All parameters are represented in Table 5. The lowest
values of the reference samples from the cork fall into
the category 2. For the average, delaminated area is not
substantially more than 5% of the cross sectional area.
All the samples with wear layer bonded with PUR
reached the 1 classification.
According to Table 4 of EN 14354:2007 [35] all boards
achieved the minimum requirement of ≤ 2
classifications.

Table 5: Cross-cut test of the larch-bark and cork coatings
(according to tab.4)

Type
Cork
E450
E500
E600
E700
E800

Sample
1
2
3
1
2
3
1
2
3
1
2
3
1
2
3
1
2
3

Clasiffication.
2
1
1
1
1
1
1
1
1
1
1
1
1
1
1
1
1
1

3.7. BEHAVIOR AT CHEMICAL STRAIN
This test [36] provides information about whether the
floor surface changed by various liquid chemicals, or
whether the surface protects sufficiently effective. The
standard prescribes neither substance, nor does it
recommend appropriate. Therefore, the chemicals and
substances for this series of tests were selected as
follows: ethyl alcohol, coffee, red wine, H2O2 and
detergent. The sample size was selected so that all test
chemicals and substances in the sample had enough
space to spread and not to overlap the margins. For each
substance was selected a private field, in this case(on)
the specimen´s surface was traced with a 40 mm
diameter circle using a permanent marker, resulting in a
liquid filled an area of 300 mm² to 400 mm². After
2 hours reaction time the liquid was removed with
cleaning paper and the affected area was assessed. The
effect of chemicals on the specimens of each sample is
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shown in Table 6 and assigned with a code number (0 –
surface unchanged, 1 – surface slight changed; 3 –
surface moderate changed and 4 surface strong changed).
None of the samples was dramatically damaged, only
slight exposed to alcohol (E_450, E_500, E_600 and
E_700), coffee (E_450, E_500, E_600, E_700 and
E_800), red wine (E_450 and E500), H 2O2 (E_450 and
E_500) and cleanser (E_450). The density of the face
layer and also its porosity are affecting the resistance to
stains, behaviour showed at most at samples E_450 and
E_500.
The industrial boards coated with agglomerated cork
were not affected by the influence of this type of
chemicals after 2 hours reaction time.

Figure 10: Small flame test on a sample of multi-layer board
coated with larch bark bonded with PUR adhesive, according
to EN 11925:2011

Table 6: Resistance to chemical stain of the larch-bark and
cork coatings
Type
E_450 1

2
3
E_500 1
2
3
E_600 1
2
3
E_700 1
2
3
E_800 1
2
3
Cork 1
2
3

Alcohol
(40%)

1
1
1
1
0
1
0
1
0
1
1
0
0
0
0
0
0
0

Coffee
(60°C)

1
1
1
1
1
0
0
1
1
0
1
1
1
0
0
0
0
0

Red
wine

0
1
1
0
1
1
0
0
0
0
0
0
0
0
0
0
0
0

H2O2

0
1
1
1
0
1
0
0
0
0
0
0
0
0
0
0
0
0

Cleaner

0
1
1
0
0
1
0
0
0
0
0
0
0
0
0
0
0
0

3.8. SMALL FLAME TEST
Small flame test [37] (fig. 10 and 11) revealed a strong
behavior of the polyurethane bonded wear layers against
fire.
For the purpose of classification and measurement of
results was used EN 13501-1: 2009 [38]. To achieve the
desired classification B for a batch, the duration of
flaming 30 s of the surfaces and edges (fig.11), should
not exceed vertical flame propagation within 60 seconds
after application of the flame 150 mm above the flame
point (fig.10) according to the German Institute for
Standardization e.V.
The Pearson correlation between the duration of the post
flame to the area and duration of the flame on the edge
indicates a close relationship (r = 0.937); also the
statistical significance (p = 0) has been demonstrated.

Figure 11: Small flame test on the surface, according to
EN 11925:2011

CONCLUSIONS
Larch bark wear layers can successfully be an alternative
for cork in floorings applications. This study has shown
that from a natural renewable raw material (larch bark),
the production of thin boards as wear layer for flooring
can be achieved. The Brinell hardness of these multilayer boards is significant better than the measurements
for the reference plate with wear layer of agglomerated
cork. A disadvantage of surface soundness and also
weak resistance to water (thickness swelling and water
absorption after 24 h) should be considered. Other
formulations of the adhesive and an optimized mixture
of bark fractions (from 0.5 to 4 mm) might reduce such
adverse behaviours.
The surface properties tested showed a proper behaviour
against abrasion, with no damages on the surface layer,
demonstrated also by cross-cut test. Due to the lacquer
application the resistance to stains is high. Small flame
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test proved the suitability of the polyurethane bonded
coatings based on larch bark for applications with firereduced hazards.
In resume, table 7 shows the strengths, weaknesses,
opportunities and risks of multi-layer panels for flooring
with the wear layer made of larch bark.
Table 7: SWOT analysis of ware layers made of larch bark

Strengths

Weaknesses

+
good
fire-resistance
properties
+ suitable Brinell hardness
+ good stain resistance
+ simple production line
+ different types of bark can
be also used
+ can be used for cork walls
Opportunities

- surface soundness
- water absorption and
thickness swelling high
- quality of raw material
(contamination
with
non-woods)
- homogeneity of wear
layer
Threats

! potential of product
development
! renewable raw material for
the wear layer
! innovative concept for
biomimetic materials

? product acceptance
? the proper technology
for the production of
wear layers of bark is
not yet available
? patent apply for EU

Another promising field of use for such larch bark based
thin layers are for interior design and furniture
applications which have low requests in terms of surface
performances compared to the flooring tiles.
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THERMO HYDRO FRACTURE AND VISCOELASTIC BEHAVIOR OF
TIMBER BASED MATERIALS: NUMERICAL ANALYSIS

Rostand Moutou Pitti1, 2, 4, S i Eddin Hamdi1, 2, Fr d ri Du ois3, Eri
Fourn ly1, 2, Manja Kit Ku man
ABSTRACT: The rupture in mixed mode coupling of mechanical and thermal loads for isotropic and orthotropic
materials such as wood is studied. The analytical formulation of the energy-release rate is introduced by the integral T
and A, which couple the rupture in mixed mode, the thermal effects and the pressure applied on the crack lips. This new
formulation is based on the laws of energy conservation and real and virtual mechanical and thermal fields based on the
arbitrary, Lagrangian and Eulerian configurations. The Mixed-Mode Crack Growth specimen providing a decrease of
the energy-release rate during crack propagation is considered in order to compute the various mixed-mode ratios. The
analytical formulation is implemented using the finite-element software Cast3m. The efficiency of the proposed model
is justified by showing the evolution of the energy-release rate and the stress-intensity factors versus the crack length
and versus the temperature variation in a time-dependent material.
KEYWORDS: mixed mode crack growth, thermal fields, hydric loads, path-independent integral, finite element
method, wood material, time-dependent material

1 INTRODUCTION 123
The micro-cracks commonly occur in many mechanical
and civil engineering structures submitted to different
loadings [1]. But the main important fact for structural
integrity remains the conditions of propagation of these
small crack during the lifetime. Combining with
mechanical solicitations as fatigue, overload or creep
loading, the environmental actions like hydric [2] or
temperature [3] play an important role in the propagation
of these micro-cracks in the material [4]. In the case of
wood, due to its natural origin, its orthotropic and
heterogeneous character with different defects such as
1
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knots, study these different approaches appear to be
essential.
To predict the crack growth process many numerical
methods were developed to characterize the mechanical
fields around the crack tip. Among them, the background
of energy methods come from invariant integrals which
enables to evaluate the crack driving forces such as the
crack growth rate and the stress intensity factors. The
most popular is the J-integral proposed by Rice [5] based
on the assessment of the strain energy density and
Noether’s theorem [6]. This method is inefficient when
dealing with mixed mode crack growth problems
because it is necessary to separate the displacement field
into a symmetric and antisymetric parts. To circumvent
this difficulty, Chen and Shield [7] have developed the
M-integral in order to separate fracture modes based on a
bilinear form of the strain energy density with virtual
mechanical fields [8].
In recent work, a new analytical formulation of Aintegral developed by Moutou Pitti et al. [9] and
implemented in finite element software by Riahi et al
[10] is proposed. This formulation takes into account the
effects of thermal load, induced by temperature
variation, and complexes boundaries conditions, such as
contact between crack lips during crack growth process.
However, this approach is limited to stationary crack
coupled with a pressure on crack lips and is note suitable
to viscoelastic materials and not takes into account the
impact of moisture content very essential in wood
material.

WCTE 2016 e-book | 443

The first part of this paper presents the material and
methods used in this work. The mathematical
formulations of the invariant integrals T and A in the
case of crack growth process including pressure on crack
lips are recalled. Simultaneously, the energy release rate
in mixed mode is proposed according to the real and
virtual stress intensity factors. Also, the proposed
integrals are generalized to viscoelastic materials using a
Kelving Voigth model [11] [12] [13]. In the second
section, the background of Mixed Mode Crack Growth
(MMGC) specimen is proposed [14] [15] [16] [17]. In
addition, the numerical routine including the timedependent increment is described. This specimen is a
combination between the Double Cantilever Beam
(DCB) [11] and the Compact tension Shear (CTS)
specimens [18] and proposes the crack growth stability
during the crack tip advanced. The last section is
dedicated to study the efficiency of the proposed
approach in the case of orthotropic material, where crack
growth analysis on wood MMGC specimen is performed
with various temperature and internal moisture content
for different mixed mode configurations.

𝜎𝑖𝑗𝑢 and 𝜎𝑖𝑗𝑣 are stress tensor components deduced from
the real displacement field 𝑢 and the virtual
displacement field 𝑣, respectively [19]. The second
integral represents the effect of thermal load induced by
temperature variation ∆𝑇, with 𝜓 is a virtual
displacement field as defined by Bui et al [20] and 𝛾 is a
real coefficient function of material parameters. The
third integral represents the pressure crack tip extension
during the crack growth process. The last integral
represents the effect of pressures 𝑝 and 𝑞 applied
perpendicularly to the crack lips, where 𝐿 = 𝑂𝐴1 + 𝑂𝐵1
is the integration path, see Figure 2.

2 MATERIAL AND METHODS
2.1 INTEGRAL PARAMETERS IN ELASTIC
CASE

Figure 2: ur ace omain integral

In this section we recall the mathematical expression of
T and A integrals parameters. According to the
conservative and the Noether theorem [6] defined with
Arbitrary, Euleurian and langrangian conditions. If we
consider a cracked body Ω and Γ a path which surrounds
the crack tip oriented by the normal 𝑛⃗ of component 𝑛𝑗 ,
as shown in figure 1, the -integral is given by (Figure 1)
[9]:
𝑇 = ∫Γ

1
2

𝑣
[𝜎𝑖𝑗,𝑘
𝑢𝑖 − 𝜎𝑖𝑗𝑢 𝑣𝑖,𝑘 ]𝑛𝑗 𝑑Γ + ∫Γ

𝜓𝑘 ) − 𝛾∆𝑇(𝑣𝑘,𝑗 − 𝜓𝑘,𝑗 )]𝑛𝑗 𝑑Γ
𝑢
𝑣𝑖,𝑗 + 𝛽 𝛿𝑖𝑗 𝑢𝑖,𝑗𝑘 ∆𝑇]𝑛𝑗 𝑑Γ
𝜎𝑖𝑗,𝑘

𝑞 𝑣2,1 ]𝑑𝑥1

1

[𝛾∆𝑇,𝑗 (𝑣𝑘
2
𝑣
− ∫Γ [𝜎𝑖𝑗,𝑘
𝑢𝑖,𝑗 −
1
+ ∫L [𝑝 𝑣1,1 −
2

−

(1)

However, experience have shown that integration
through curvilinear path induces some inaccuracy on
numerical results. To overcome this problem, the
curvilinear path is transformed into surface domain by
introducing a vector field 𝜃 [21] as shown in Figure 3.
This mapping function is continuously differentiable and
takes these values: 𝜃 = (1,0) inside the ring 𝑉, and: 𝜃 =
(0,0) outside it. Hence, the use of the GaussOstrogradsky’s theorem enables us to obtain the integral given by:
𝐴 = ∫Ω

1
2

𝑣
[𝜎𝑖𝑗,𝑘
𝑢𝑖 − 𝜎𝑖𝑗𝑢 𝑣𝑖,𝑘 ]𝜃𝑘,𝑗 𝑑S + ∫Ω

𝜓𝑘 ) − 𝛾∆𝑇(𝑣𝑘,𝑗 − 𝜓𝑘,𝑗 )]𝜃𝑘,𝑗 𝑑S −
𝑢
𝑣𝑖,𝑗 + 𝛽 𝛿𝑖𝑗 𝑢𝑖,𝑗𝑘 ∆𝑇]𝜃𝑘 𝑑S +
𝜎𝑖𝑗,𝑘
∫L

1

𝐹
2 𝑖

𝑣𝑖,𝑗 𝜃𝑗 𝑑𝑥1

Figure 1: ur ace omain integral

In the precedent expression, the first integral is the
classical term of the -integral which represent the effect
of mechanical loads applied far from the crack, where

Figure 3: ur ace omain integral

1

[𝛾∆𝑇,𝑗 (𝑣𝑘 −

2
𝑣
[𝜎
∫Ω 𝑖𝑗,𝑘

𝑢𝑖,𝑗 −
(2)
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2.2 INTEGRAL PARAMETERS IN
VISCOELASTIC CASE

2.3 PHYSICAL INTERPRETATION

2.2.1 G n rali d K l in Voi t mod l
The analytical formulation of the -integral, presented
above, is achieved assuming an elastic behavior.
Unfortunately, timber has a viscoelastic behavior. In this
case, the mechanical fields are time dependent and their
computation is not a trivial task. Based on Boltzmann’s
superposition principle and considering a non-aging
linear viscoelastic material, the strain and stress tensors,
𝜺 and 𝝈 respectively [22] [23]. The generalization to
viscoelastic material is introduced by using a generalized
Kelvin Voigth model presented in figure 4 [9].

Moreover, the A-integral, like M-integral, can be
physically interpreted as a particular definition of real
stress intensity factors AK uI and A𝐾𝐼𝐼𝑢 . The mixed mode
separation can be obtained by performing two distinct
computations of 𝐴𝐾𝐼 and 𝐴𝐾𝐼𝐼𝑢 for particular values of
𝐴 𝑣
𝐾𝐼 and 𝐴𝐾𝐼𝐼𝑣 , such as [9]:
𝐴

𝐴

𝐾𝐼𝑢 = 8

𝐾𝐼𝐼𝑢 = 8

𝐴𝑣 ( 𝐴𝐾𝐼𝑣 = 1, 𝐴𝐾𝐼𝐼𝑣 = 0)
𝐴𝑣 ( 𝐴𝐾𝐼𝑣

𝑝

(5)

𝑝

(6)

𝐶1
= 0, 𝐴𝐾𝐼𝐼𝑣 = 1)
𝐶2

𝑝

𝑝

In equations (5) and (6), 𝐶1 and 𝐶2 denote the elastic
compliances in opening and shear modes, respectively.
The thermal viscoelastic energy release rates in each
specific fracture mode 𝐴𝐺𝐼 and 𝐴𝐺𝐼𝐼 are finally given by
the following expression:
2

𝐴

𝐴

Figure 4: enerali e

el in oigt

o el

( 𝐴𝐾𝐼𝑢 )
8
𝐴 𝑣
𝑝 𝐴( 𝐾𝐼𝐼 )
= 𝐶2
8
𝑝

(3)

𝐺𝐼 = 𝐶1
𝐺𝐼𝐼

(4)

2.4 WOOD PROPERTIES

2.2.2 Vis o lasti int rals aram t rs
According to the generalized Kelvin Voigt model
presented in Figure 4, the expression of integral A
(Equation 2) is generalized to viscoelastic behavior as
follow:

2.4.1 G n rali d K l in Voi t mod l
The real wood specimen in Douglas Fir specie is posted
in Figure 5 [15].

1 (𝑝) 𝑣
(𝑝)
(𝑝)
(𝑝)
[ 𝜎𝑖𝑗,𝑘 𝑢𝑖 − 𝜎𝑖𝑗𝑢 𝜐𝑖,𝑘 ] 𝜃𝑘,𝑗 𝑑𝑉
2
1
(𝑝)
[𝛾∆𝑇,𝑗 𝛿𝑖𝑗 𝑢𝑖,𝑗𝑘 ] 𝜃𝑘,𝑗 𝑑𝑉
+∫
2
𝑉

𝑝

𝐴𝑣 = ∫

𝑉

− (∫ [
𝑉

(𝑝) 𝑣
𝜎𝑖𝑗,𝑘

(𝑝)

𝑢𝑖,𝑗 +

(𝑝) 𝑢
𝜎𝑖𝑗,𝑘

(𝑝)

𝜐𝑖,𝑗

(𝑝)

+ 𝛽 𝛿𝑖𝑗 𝑢𝑖,𝑗𝑘 ∆𝑇] 𝜃𝑘 𝑑𝑉)
+∫

𝐿

1
(𝑝)
𝐹 𝜐 𝜃 𝑑𝑥
2 𝑖 𝑖,𝑗𝑘 𝑗 1

(3)
Figure 5:

If 𝑝 = (0; 1; . . . ; N) is the number of Kelvin Voigt
cells, the expression (3) becomes:
𝑁

𝐴𝑣 = ∑

𝑝=0

𝑝

𝐴𝑣

(4)

According to the expressions, given in Equations (3) and
𝑝
(4), the quantities 𝐴𝑣 can be computed. The real
mechanical fields are then obtained from the response of
the 𝑝𝑡ℎ Kelvin cell to the applied mechanical and
thermal (or hydric) loading.

oo specimen

The elastic parameters applied in finite element software
are summarized bellow
Table 1: Elastic Moduli

Parameters
Longitudinal modulus 𝐸1
Transverse modulus 𝐸2
Normal modulus 𝐸3
Shear modulus 𝐺12
Poisson’s coefficient 𝜐12
Poisson’s coefficient 𝜐23
Poisson’s coefficient 𝜐13

Values
15000 MPa
600 MPa
600 MPa
700 MPa
0.4
0.4
0,4
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3 MIXED MODE SPECIMEN AND
VISCOELASTIC CRACK GROWTH
ALGORTHM
3.1 MIXED MODE CRACK GROWT SPECIMEN
Figure 6 shows the dimensions of wood specimen, with
an overall size 210 x 140 x 25 mm3 [15]. The side of the
specimen has inclinations with angles of 5° and 10° from
the edge and the inferior hill, respectively, as shown in
Figure 7. On both hills, four holes were perforated in
order to fix the steel Arcans. The distance between the
holes centers is 110 mm. The steel Arcans, were
performed to allow for mixed-mode configurations. The
type of wood used in this test is Douglas and the width
of the annual ring varies between 3 and 5 mm and the
crack is oriented following the (R/L) direction. An initial
crack of 20 mm is machined in the wood specimen in the
direction of the fibers.

Figure 6: imension o

Figure 7:

specimen is to allow for the decrease in the energy
release rate during the tests. The wood specimen,
presented in Figure 5, is fixed in a framed structure with
Arc-formed handles containing symmetrical holes for
load application according to various crack mode ratios
β. The application of symmetric loads FI with angle β =
0° is equivalent to the opening mode, and the application
of FII, with angle β = 90° corresponds to the shear mode
as shown in Figure 7. The force F is separated into two
forces
and y corresponding to the axis orientations
(x, y) and the mixed-mode ratio in plane configuration.
In this work, the mixed-mode fracture tests are obtained
by applying the loads FI and FII with angle β = 45°.
3.2 NUMERICAL ROUTINE
The analytical formulation of A-integral without taking
into account the effect of pressure on the crack lips, was
implemented in the finite elements software Cast3m. The
MMCG specimen geometry variation versus time (crack
evolution) and crack length is considered in the crack
growth model. For symmetric geometries and loadings,
this crack growth is modelled by moving boundary
elements in a semi-mesh. In a mixed mode
configuration, this symmetric loading is lost. Then, it is
necessary to operate a re-mesh driven by the crack tip
advance. In our cases, a fixed crack orientation is
supposed. To overcome this difficulty, the hereditary
mechanical fields have been projected in the transformed
mesh. For a selected temperature, numerical modelling
must separate the time and geometry variations. In a first
step, all mechanical fields and the crack length a are
supposed known at time tn.

oo specimen

C specimen

The MMCG specimen, shown in Figure 3, is defined by
the combination of a modified DCB specimen [11], and
CTS specimen [24], on the one hand, and the
observation of stability range of energy release rate
versus crack length computed numerically with Amethod, on the other hand. The main objective of this

Figure 8: Crack gro th routine ith thermo-hy ro-mechanical
iel s
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Then, stress and external loading, named σi tn and i tn ,
respectively, are defined in the initial mesh noted i
characterized by a crack length a.
Firstly, the stress perturbation induced by a non-time
dependent crack growth is evaluated. The first step
consists of considering an instantaneous crack tip
advance Δa. New mesh noted i is defined by remeshing. With the same external loading, an elastic
calculation provides the new stress state σi tn . We note
σ(p)i tn the geometric projection of σi(tn) on mesh
i . The second step involves calculating, with a
differentiation, the stress perturbation Δσi between the
two mesh configurations. The final step involves the
application of -Δσi as a cohesion stress (equivalent
external loading) by using the superposition principle.
This supplementary loading allows to close the new
crack on Δa. In this case, we obtain an equivalent
configuration between the first and last steps (same
mechanical state and same geometry), but with two
different meshes. Δσi can be interpreted as the stress
cohesion in the process zone.
Secondly, the crack length advance is fixed (in our work
we fixed Δa = 8 mm), and time is continuous.
Employing the incremental viscoelastic procedure, the
stress cohesion Δσi is employed as an external load
vector during the time increment Δtn. In the time domain,
the progressive un-cohesion of crack lips Δa is obtained.
The true mechanical state can then be released. Finally,
fracture parameters can be computed and the finite
elements algorithm is incremented.

4.1.1 Num ri al m sh s
The finite element mesh shown in Figures 9 and 10 in
which a circular discretization around the crack tip
allows us to define easily the temperature field and the
integration crown using parametric elements (θ vector).
The MMCG specimen is designed in order to obtain
different mixed mode ratios and crack growth stability.
The A-integral is performed using virtual finite element
displacement fields for opening mode, as an example.
The simulations integrate orthotropic viscoelastic
behavior for long-term loadings, with elastic moduli
given in Table 1.

Figure 9: umerical mesh o the
C
temperature iel

C specimen un er

4 NUMERICAL RESULTS
4.1 EFFECTS OF THERMAL LOADS
In this last section, we present numerical simulations,
which prove the non-path dependence of the A-integral
on hereditary behavior and discuss the crack growth
process over time. In recent works, Moutou Pitti et al.
[13], have shown that this approach is valid for a
stationary crack. Now, we propose to generalize the
validation by imposing a time dependent crack tip
advance according to the numerical procedure presented
in section 3. In order to validate A-integral expressions
(2), it has been decided to simulate an orthotropic
material.
The geometry design is operated by the finite element
method. We note that, the numerical analysis is
performed under plan stress conditions and based on the
finite element mesh depicted in Figure 6 and 7.
Moreover, in order to have good accuracy on the
computation of the mechanical fields, a refined mesh is
adopted in the neighborhood of the crack. In this work,
we propose to deal with MMCG specimen with initial
crack length (𝑎 = 80 𝑚𝑚) subjected to low temperature
fields, 𝑇1 = 20 °𝐶 and 𝑇2 = 30 °𝐶, respectively. The
numerical meshes of the wood MMCG specimen under
the applied temperature fields is shown in Figures 9 and
10.

Figure 10: umerical mesh o the
temperature iel
C

C specimen un er

4.1.2 En r y r l as rat
For MMCG specimen, Figures 11, 12 (opening mode) 13
and 14 (shear mode) show us the viscoelastic energy
release rate evolution versus time and crack growth
process for mixed mode using the A-integral concept.
The crack growth process can be interpreted as brittle or
ductile. If for all cases, the crack growth or damage
evolutions in the process zone induce a rigidity decrease,
we can note an energy release rate increase during the
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crack growth advance. With these considerations, for
both mode 1 and mode 2 configurations, we can observe
a progressive growing of the process zone (phase of
energy release rate increasing) and, in the other hand, a
stationary phase with a stabilization of its evolution.
More precisely, we can observe, for the first mode G1, a
greater energy release rate than the second mode G2,
which correspond on brittle crack tip advance with an
approximately peaks values around 8.5 10-6 J/m-2 for G1
and 7.8 10-5 J/m-2 for G2. Energy steady state evolution
after these peaks illustrates crack growth stabilities for
mixed mode calculated with A-integral without taking
into account the effect of thermal load induced by a
temperature field variation.
Figure 13: iscoelastic energy release rate
in mi e mo e
(β=45°) versus time under temperature variation (T
C
an
C

Figure 11: iscoelastic energy release rate
in mi e mo e
(β=45°) versus time under temperature variation (T
C
an
C
Figure 14: iscoelastic energy release rate in mi e mo e
(β=45°) uring crack gro th process un er temperature
ariation
C an
C

4.2 IMPACT OF THERMO HYDRO
MECHANICAL LOADING
4.2.1 Num ri al m sh s
The finite element mesh is shown in Figures 15 and 16
in which a circular discretization around the crack tip
allows us to define easily the hydric fields and the
integration crown using parametric elements (θ vector).
Figure 12: iscoelastic energy release rate
in mi e mo e
con iguration (β=45°) during crack growth process (T
C
an
C

Figure 15: umerical mesh o the
temperature iel at
C

C specimen un er
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The MMCG specimen is designed in order to obtain
different mixed mode ratios and crack growth stability.
The A-integral is performed using virtual finite element
displacement fields. In this case, Figures 15 and 16
show the distribution of humidity in a wood specimen
according to Exx and Eyy direction respectively.

Figure 18: iscoelastic energy release rate in shear mo e or
i erent moisture contents

CONCLUSION

Figure 16: umerical mesh o the
temperature iel a
C

C specimen un er
C

4.2.2 En r y r l as rat
Figure 17 and 18 shows the evolutions of viscoelastic
energy release rate in opening mode G1 and shear mode
G2 respectively, versus time using 𝐴𝑣 integral, under a
moisture level variation. We note an increase of G with
the moisture level. Hence, for both modes, we can
observe at first, a progressive increase of G, and then, a
stationary phase with a stabilization of its evolution.
Specifically, we can observe, for G2, a highest energy
release rate than G1.

Figure 17: iscoelastic energy release rate in opening mo e
or i erent moisture contents

A regular trend in viscoelastic energy levels illustrates
the moisture effect stability in mixed mode calculated
with the integral 𝐴𝑣 without taking into account the
effect of thermal expansion induced by a change of the
temperature field.

The knowledge of crack driving forces such as energy
release rate and stress intensity factors is very important
in the assessment of the reliability of flawed structures.
A new formulation of the -integral is proposed, which
allow to take into account the effect of thermal load
induced by temperature variation, without taking into
account the mechanical load applied on crack lips. The
efficiency of the numerical implementation of crack
propagation, in finite element software, is assessed by
dealing with orthotropic materials. A good accuracy is
observed on the estimates of the viscoelastic energy
release rate in mixed mode for both time and crack
length evolution. Moreover, the convergence is well
achieved since the values of the viscoelastic energy
release rate seem to be stabilized throughout the crack
path.
In this paper, the analysis is achieved under the
assumption of viscoelastic material under static crack
propagation and thermo-hydric variation. In addition, the
viscoelastic behavior of timber material is implemented
in finite element software using spectral decomposition
method of the creep tensor. However, automatic crack
propagation needs to be achieved accordingly to a critic
viscoelastic energy release rate values, which depends on
the viscoelastic mechanical properties of timber material.
This will be the subject of undergoing researches, in
addition to the development of the -integral in order to
take into account the effect of moisture variation. Also,
we hope to investigate the effect of uncertainties in the
material and load parameters on the reliability of wood
structure subjected to crack growth, by using stochastic
computation methods. At the end, all numerical results
obtained in the present works will be confronted to the
experimental data in order to prove the efficiency oh the
actual to compute the crack effects in timber structures.
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TANNIN BIO-COPOLYMERS AS WOOD PRESERVATIVES
Gianluca Tondi1, Paul Luckeneder2, Johannes Gavino3, Marie-France
Thevenon4, Alexander Petutschnigg5

ABSTRACT: In the last decade several restrictions were applied in wood preservation especially for outdoor applications.
The need of finding alternative solutions to creosote and heavy-metal based products is becoming a priority, but no
performing solutions have been found yet. In this context, the idea of using tannins is an example of biomimetic, cradle-tocradle concept because these natural polyphenols are already used by the trees to protect themselves against biological
decay. In this work the latest developments about the use of tannin bio-copolymers as wood preservative is presented and,
in particular, two approaches are considered to overcome the rigidity problem presented by the classic tannin- based
formulations: The chemical and the physical one. Both approaches showed improved leachability and when the
formulations were added of small amount of inorganic biocides they resulted efficient against Coriolus versicolor
producing a set of new interesting wood preservatives.
KEYWORDS: Condensed tannin, flavonoid, wood preservation, natural formulation, durability, environmentallyfriendly, water resistance, FT-IR.

1 INTRODUCTION 123
Tannins are polyhydroxy phenolic substances contained in
the most of the vegetal organisms. They have the
fundamental role to protect the living part from biologic
agents and the free radicals [1]. For this reason, tannins
are mostly located in the areas where the plants are more
vulnerable namely: bark, core, leaf and seeds. According
to different wood species the amount of tannins varies
from traces until 20-30% [2] and it has been proven that
the wood species containing higher amount of these
polyhydroxy aromatic compounds are more durable [3].
Significant examples of this evidence are the timber of
tropical trees such as Teak and Osage orange that can
remain practically unaltered over centuries. Unfortunately
the most common European timbers which are used for
construction purposes (e.g. Spruce, Pine, Beech) are not
very rich in tannin and therefore their durabilities are
limited (Durability class 4 or 5) [4].
Even if treating wood with tannin-containing extracts is
known since 1867, the two pioneer groups who
1
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considered the idea of impregnate moderately (or low)
durable species with external tannin to improve their
decay resistance were Lotz & Hollaway and Laks et al.
[5,6]. From this moment many groups of scientists have
studied the effect of tannin as wood preservative
modifying the tannin type and source, the wood to be
treated, the concentrations, the additive, the impregnation
method and so on.
The research group of Tascioglu, for instance, studied the
effect of using just three different tannin extracts
(Mimosa, Quebracho and Pine) directly in wood without
fixation agents and without leaching [7,8]. They tested the
behaviour against fungi and termites and they observed
that Mimosa and Quebracho extracts (concentration of 9 12%) showed an acceptable effect in protecting against
brown- and white- rot fungi as well as termites, while Pine
extract and low concentrated solutions in general involve
low/no protecting effects. The same approach but with
Nerium oleander flower and leaf extract was presented by
Goktas et al. [9]. The result showed that even with very
low concentrations the resistance against brown- and
white- and rot fungi was improved from 20 to 30% up to 5
to 10% mass loss. Combinations of tannin extracts with
inorganic biocides were tested by the group of Sen [10].
They observed that the presence of biocides increased the
protection performance of the formulations against brownand white-rot fungi. However, the leaching effect was
always intense and the weight loss of the treated samples
after leaching was regularly higher than 12%. Schultz and
Nicholas [11] observed that organic biocides alone offer
weaker protection than the formulation including
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hydroxyl-quinonic derivatives. This finding was also
confirmed in the soil tests. Bernardis and Popoff studied
the possibility to combine CCA with Quebracho extracts
and they verified that is possible to get good performing
preservatives also replacing part of the CCA with the
tannin extract [12].

be treated and they were collected from different Austrian
sawmills. The formulations used were based on Mimosa
tannin (Acacia Mearnsii) powder from Silva (S.Michele
Mondoví, Italy), technical grade NaOH and H2SO4 were
supplied by Lactan. Other formulation components such
as: hexamethylene tetramine (Hexamine), furfural, glyoxal
(40% water solution), maleic anhydride, PEG 400, lactic
acid and caprolactam were supplied by Sigma-aldrich.
The polylactic acid pre-polymers were supplied by Futerro
and the furfuryl alcohol (FOH) was provided by Transfuran chemicals.

These studies carried to a broad set of conclusions but
some of them presented very encouraging results in terms
of efficacy against biologic attacks. More uniform was the
position of the scientists about the sensibility of these
wood preservatives for water. In every study involving
some leaching treatment, the efficacy of the wood
preservative became very limited.

2.2 METHODS
2.2.1 POLYMER PREPARATION

From the chemical viewing angle, condensed tannin can
produce water-resistant polymers when combined with bifunctional chemicals such as glyoxal, formaldehyde and
hexamine [13]. Following this idea, tannin- based wood
preservatives capable of in situ polymerisation were
formulated and their effect on wood properties was
studied in details [14].
Due to the good biologic performances obtained with the
first bunch of experiments added of a limited amount of
boron (<1%), many studies of these formulations were
carried out with the following results: i) Good leaching
resistance [15] ; ii) Very good, wide-spectrum, biological
properties [16] ; iii) Increased mechanical properties; iv)
Increased fire resistances [17].

100 g of tannin extract were dissolved in 200 ml of water
and the pH of the solutions was modified to a specific pH
using NaOH 33% or H2SO4 33%. 12 g of the formulation
added of a specific amount of hardener was poured in a
plastic test-tube and sealed before exposure to increasing
temperature (table I). Once the formulations were
hardened they were stabilized at room temperature and
grinded into small pieces (=1-2 mm). The latter were
then dried at 60°C for 1 hour and grinded with a mortar
into powder, before further testing.
Table 1. List of hardeners, concentration, pH and
temperature for the synthesis of new tannin copolymers.
Hardener
Conc.
pH
Temp.
[%]
[°C]
Hexamine, Furfural,
20, 50,
Furfuryl alcohol,
5, 10, 25, 2, 4, 60, 70,
Glyoxal, Maleic
50
7, 9 80, 90,
anhydride, Lactic acid,
103
PLA, PEG, Caprolactam

The only significant drawback of the tannin-boron
formulations was their limited resistance against artificial
and natural weathering. During outdoor exposures, indeed,
relatively fast discoloration and increased crack formation
were observed. After vibrational spectroscopy
investigations and dimensional stability tests it was
proposed that two phenomena may contribute to this
failure: i) the stiffness of the tannin polymers which do not
resists the continuous swelling and shrinking cycles and ii)
the polymerized tannin which do not maintain the typical
radical-scavenging properties of the native tannin and
therefore it is strongly degraded by the sun rays [18].

2.2.2 POLYMER LEACHING
Exactly 1 gram of the dry powder was weighed and
leached in 100 ml of water. The suspension was left under
magnetic stirring for 1 hour and then it was filtered in
common filter paper to recover the insoluble fraction. The
filtrate was dried at 103°C until constant weight and the
final weight of the polymer was registered and the weight
loss (Wl) was calculated according to the following
equation 1

In this paper we present two approaches that have been
considered for the production of more weathering resistant
tannin-based polymers. The chemical approach consisted
in covalently polymerize the tannin oligomers with
various reactive co-monomers, while the physical
approach consisted in partially hinder the networking of
the tannin polymer by adding non-reactive, elastic loads.
Polymer preparation and leaching, wood impregnation
and leaching resistances as well as the biological activity
and the FT-IR investigations are presented in the
following paragraphs.

Where W(i) is the weight in g of the powder before
leaching and W(f) is the weight of the powder recovered
after leaching.

2. MATERIAL & METHODS

2.2.3 WOOD IMPREGNATION

2.1 MATERIALS

Beech samples of 25 x 15 x 5 mm³ were cut from
stabilized sapwood portions and successively oven-dried
at 103 °C. The wood impregnations were performed on

𝑊𝑙 (%) =

Beech and scots pine were considered as wood species to
2

W(i)−W(f)
𝑊(𝑖)

𝑥 100

(1)
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dimensions, were gamma ray sterilized prior to the
biological screening tests.
The samples were exposed to Coriolus versicolor (L.
Quelet, strain CTB 863A), a fibrous rot, grown on a malt
agar medium (40g malt, 20g agar per L).

anhydrous wood blocks submerged in the tannin-based
formulation using a single vacuum pressure impregnation:
the cycle consisted of 30 min at 8 mbar in a desiccator
followed by slowly increased pressure up to
environmental pressure. The specimens were kept under
the tannin-based solution for 24 hours. After the
impregnation treatment, the treated wood samples were
removed from the impregnation solution and cleaned of
the excess of liquid with blotting paper.
The treated specimens were kept some hours in the oven
at different temperatures to allow the tannin resin to
harden [19]. The weight of the dry samples was further
registered and the impregnated wood blocks were then
reconditioned at 20 °C and 65% RH until constant mass
before testing.
The tannin formulations tested were prepared according to
table II.

The samples (both treated and untreated) were introduced
in the culture flasks, and put on a grid to avoid
waterlogging.
The samples were kept for 6 weeks at 22°C, 70% RH.
After 6 weeks, the samples were cleaned, weighed
(M(ba)) and dried at 103°C until constant mass.
Samples mass loss ( Ml %) was determined according to
Eq. 3:
Ml % =

Table 2. Tannin formulations for the impregnation of
beech samples.
Hardener / Blend

pH

Hexamine
Furfural
Furfuryl alcohol
Glyoxal
Maleic anhydride
Hexamine + Lactic Acid
Hexamine + PLA
Hexamine +Caprolactam
Hexamine +PEG 400

9
9
4
7
Unmod.
Unmod.
Unmod.
Unmod.
Unmod.

M(f)−M(0)

𝑥 100

× 100 (3)

The powders of the hardened tannin-based polymers were
scanned with ATR FT-MIR with a Frontier spectrometer
from Perkin-Elmer. Every measurement was registered in
the region between 4000 and 600 cm-1 with 16 scans and a
resolution of 4 cm-1. Each polymer was measured three
times and the spectra were then averaged and elaborated
with the software Unscrambler X v. 10.3 from CAMO.

%
vs
tannin
6
20
50
10
25
6+100
6+100
6+200
6+200

RESULTS AND DISCUSSION
Two approaches were considered to improve the
weathering performances of the rigid, dark tannin
polymers: On the one hand, the chemical
copolymerization of the tannin polymer with different
hardeners which could create a more stable polymer
between the tannin oligomers. On the other hand, a
physical modification by addition of “inert” molecules
was considered, so that the tannin-hexamine polymer was
partially hindered and the crosslinking could occur in a
controlled extent so that a more elastic polymer could be
achieved.

The treated timber was then leached to compare the
leaching resistance of the polymer free to crosslink and
the polymer impregnated in wood. 5 specimens of
stabilized tannin impregnated wood were inserted in a
container with 100 ml of water and kept under moderate
mechanical stirring for cycles of 1, 2, 4, 8 and 16 hours.
The samples were oven dried after leaching and the final
mass was registered. The remaining amount of solid (Rs)
expressed in percentage was calculated according to
equation 2.
𝑀(𝑖)−M(0)

M (f)

2.2.6 FT-IR MEASUREMENTS

2.2.4 LEACHING OF THE TREATED SAMPLES

𝑅𝑠 (%) =

M(f)−M(ba)

3.1 CHEMICAL APPROACH
The synthesis of new tannin-based polymers was the
chemical approach: Flavonoid formulations containing
different possible copolymers, at different concentrations
and different pH were exposed to increasing
temperatures to evaluate when the solution hardens and
finally, the so-prepared polymers were then leached and
the results are reported in table III.

(2)

Where M(i) and M(f) are respectively the mass of the dry
wood after impregnation and after leaching, while M(0) is
the mass of the dry untreated wood.

Table 3. Copolymerization conditions for the different
hardeners. Temperature of hardening and material loss
after leaching.
Comonomers* Conc. pH T [°C]
% Leached
[%]
Hexamine
5
9
50
18
Furfural
10
9
60
19

2.2.5 BIOLOGICAL TESTS
Treated and leached samples of dimensions 25 x 15 x 5
mm3, as well as beech control samples of the same
3
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the polymer produced in the test-tube. However the
polymer deposed on the wood surface during
impregnation, have much lower mobility of the polymer
in the test-tube. This means that the polymerization
process is hindered when it occurs inside the wood
structure.

Furfuryl
22
10
4
100
alcohol
Glyoxal
15
7
90
22
Maleic
19
10
2-3
100
anhydride
Lactic acid
50
2-3
No
PLA
50
2-3
No
PEG
50
4-5
No
Caprolactam
50
4-5
No
*Only the more interesting polymer per each
hardener is reported

Considering that around 15 to 20% of tannin loss occurs
anyways, the hexamine is the hardener which confirms
its suitability for impregnation, maleic anhydride and
furfuryl alcohol suffer a high loss, but they might be still
interesting while glyoxal and furfural lose more than
50% of the solid uptaken so they are not suitable as
hardener for the tannin-based wood preservatives.

The chemicals which could harden with the tannin
extract are considered for the chemical polymerization,
while the other ones were considered for the physical
modification.

In order to improve the polymerization strength of the
new copolymers, higher hardening temperature have
been considered for furfural and maleic anhydride and
the result are reported in fig.2

It was observed that very interesting polymers were
produced combining the tannin extract with hexamine,
furfural, furfuryl alcohol, glyoxal and maleic anhydride
because for each hardener it was possible to select
formulations which resisted the leaching for more than
25%. This result was very encouraging because the small
molecular mass fractions and the non-tannin part do not
polymerize and therefore a certain loss was expected.
These formulations were therefore tested in the wood to
check if the copolymerization could be transferred and if
these new polymers could be suitable for enhancing the
properties of the wood.

A

The different formulations have been used successfully
to impregnate wood and the wet retentions obtained were
regularly over 100% which meant that the samples were
always completely impregnated.
The treated samples were leached and the remained mass
after the process was registered.
The material loss after leaching of the tannin
impregnated timber is reported in fig.1

B

Fig. 2. Leaching of the solid impregnated in wood at
different hardening temperature and time for: (a)
Furfural and (b) Maleic Anhydride.
The effect of temperature increase is very effective for
furfural and maleic anhydride tannin copolymers. The
enhancement in terms of water resistance for tanninfurfural copolymer was very significant so that at 140°C
for 40 h it resisted the leaching to the same extent as
tannin- hexamine at 103°C (less than 12% leaching)
while, at the same conditions, the maleic anhydridetannin copolymer resists the leaching for more than 95%.
This evidences highlight that the copolymers originally
produced in the test tubes can be reproduced in wood but

Fig. 1. Leaching of the solid impregnated in wood from
different tannin co-polymers.
The graphic shows clearly that the leaching of the
polymer in wood is much stronger than the leaching of
4
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they need more energy to be obtained also in-situ.
Moreover, it has to be noted that the co-monomers which
were performing better at 103°C are also the ones that
perform better at higher temperatures.
In case of maleic anhydride, even the limit of 15-20%
leaching loss due to non-tannin material is overcome
possibly because at these hard polymerization conditions
also the simple carbohydrates are forced to esterify.
From the technological interest of this treatment, it is
worth to observe that the tannin-impregnated wood
hardened at higher temperature present different color
tonalities. In Fig. 3 beech samples impregnated with
tannin-maleic anhydride formulation and hardened at
140°C for 2, 6, 16 and 40 hours are shown.
Fig.4. Leaching of the solid impregnated in wood from
Tannin-hexamine polymer added
of different
“crosslinking brakes”.
3.3 BIOLOGICAL RESULTS
The more interesting formulations have been tested
against Coriolus versicolor in a screening test and the
results are presented in table iv.
Table 4. Biological resistance against Coriolus
versicolor of tannin impregnated wood added of
different comonomers and biocides.

Fig.3. Example of Tannin-Maleic anhydride samples
hardened at 140°C for 2, 6, 16 and 40 hours.
3.2 PHYSICAL APPROACH

Formulation

The second approach, the physical one, was developed
using different chemicals: Lactic acid and PLA (prepolymer of lactic acid), PEG and caprolactam. In these
cases the additives did not produce any copolymer up to
103°C at any pH conditions (see table 3) and therefore
they can be considered as “crosslinking-brake” and
hence they were used in combination with the tanninhexamine formulation.
The impregnation of wood with these formulations
presented very different leaching results which are
reported in Fig. 4.

Control
Tannin
Hexamine
Tannin
Hexamine
Tannin
Hexamine

Biocide
-

Weight Loss Weight Loss
Unleac. (%)
Leached (%)
16,63
16,35
17,01

1% BA

1,57

1,31

0,25%
BA + 1%
CS
3% CS

2,82

2,28

Tannin
1,97
0,67
Hexamine
Tannin
9,82
17,63
FOH
Tannin
13,87
17,29
Furfural
Tannin
6,45
4,44
Maleic An.
TanHex
10,26
18,70
Lactic Acid
TanHex
11,75
6,16
PLA
TanHex *
1% BA
1,00
1,63
PEG
TanHex *
1% BA
1,65
0,68
Caprolact.
TanHex= Tannin hexamine; BA= Boric acid; CS=
Copper sulphate; *=Against Antrodia spp [21]

The most promising inert loads were the PEG and the
caprolactam which guarantee a weight loss lower than
15%. Lactic acid and the pre-polymers of PLA hinder
the polymerization of tannin and hexamine while the
formulations including PEG and caprolactam resist the
leaching even better than the tannin-hexamine alone.
This is due to two different phenomena: i) the PEG does
not participate to the reaction and do not penetrate in
wood producing a surface barrier which hinders the
leaching while ii) caprolactam as a more active role in
the formulation [20,21].

5
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From these results it was confirmed that the tannin
formulations without biocides have no or limited
biological resistances. The better performing formulations
were the copolymer tannin-maleic anhydride and the
tannin-hexamine added of PLA (which suffered the
leaching dramatically). Conversely, as soon as small
concentrations of boric acid and/or copper sulphate were
added, the formulation improved immediately their
biological resistance and also the formulations with PEG
and caprolactam have shown to maintain their efficacy.

The spectra of the tannin-furfural copolymer are reported
in fig. 6.

These results let still open opportunities for the tanninbased formulations. Especially the copolymers with
maleic anhydride hardened at higher temperature and
added of small amount of boric acid and/or copper
sulphate will have a high chance of resisting leaching and
offering a good biological resistance. Conversely, the
formulations in which tannin is combined with inert load
are less interesting especially when no biocide is added.

Fig. 6. ATR FT-IR spectra of the tannin-furfural polymer
at pH 9, between 1800 and 600 cm-1. Red line= Tannin;
Green Line= Furfural; Blue line= Tannin-furfural.

3.4 INFRARED SPECTROSCOPY

Also in this case three are the principal difference between
that can be observed for the tannin-furfural combination,
but in this case there are no new signals but only missing
bands. Indeed, the bands at 1240, 1160 (of furfural) and
980 cm-1 (of tannin) do not appear in the tannin-furfural
polymer. Unfortunately, as already reported, this region is
very difficult to investigate [23]. The very strong signal of
C=O at 1700 cm-1 confirms that a considerable amount of
carbonyls are not reacted, which renders impossible to say
if a real copolymer was produced or not.

The different formulations were scanned with an ATRFT-IR to determine possible interactions between the
tannin and the co-monomers.
The tannin powder modified at the correct pH, the pure
hardener and the tannin-hardener combination after
hardening were compared by FT-IR analysis.
The tannin-hexamine copolymer presented three signals
which cannot be explained by the simple superposition of
the tannin and hexamine pure spectra (fig.5).

The spectra of tannin-maleic anhydride polymer are
shown in fig.7.

Fig. 5. ATR FT-IR spectra of the tannin-hexamine
polymer at pH 9, between 1800 and 600 cm-1. Red line=
Tannin; Green Line= Hexamine; Blue line= Tanninhexamine.
According to Tondi & Petutschnigg [22] the signal at
1700 cm-1 has to be attributed to C=O groups, the region
between 1150 and 950 cm-1 is strongly dependent on the
C-C and C-O stretching and C-H bending vibration while
the 880 cm-1 are the C-H bending out-of-plane. These
information of increasing carbonyl group obtained and
restructuring of the C-C and C-O group might suggest that
a significantly different molecular structure was achieved
and hence a polymer was established.

Fig. 7. ATR FT-IR spectra of the tannin-maleic anhydride
polymer at pH 2, between 1800 and 600 cm-1. Red line=
Tannin; Green Line= Maleic anhydride; Blue line=
Tannin-Maleic anhydride.
In these spectra there are two new bands at 1110 and 900
cm-1 that can be attributed to C-H bending of aromatics inplane and out-of-plane and a strongly decreasing signal at
1570 cm-1 that might be due to the opening of the maleic
anhydride when in contact with water.
Also in this case it results very hard to distinguish possible
6
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[4] EN 350-2 (1994). Durability of Wood and Woodbased Products – Natural Durability of Solid Wood:
Guide to natural durability and treatability of
selected wood species of importance in Europe
[5] Lotz, W. R., & Hollaway, D. F. Weatherproofing
decay resistance, tannin impregnation. US Patent
4,732,817.1988.
[6] Laks, P. E., McKaig, P. A., & Hemingway, R. W.
(1988). Flavonoid biocides: wood preservatives based
on condensed tannins. Holzforschung-International
Journal of the Biology, Chemistry, Physics and
Technology of wood, 42(5), 299-306.
[7] Tascioglu, C., Yalcin, M., de Troya, T., & Sivrikaya,
H. (2012). Termiticidal properties of some wood and
bark extracts used as wood preservatives.
BioResources, 7(3), 2960-2969.
[8] Tascioglu, C., Yalcin, M., Sen, S., & Akcay, C.
(2013). Antifungal properties of some plant extracts
used as
wood preservatives.
International
Biodeterioration & Biodegradation, 85, 23-28.
[9] Goktas, O., Mammadov, R., Duru, M. E., Ozen, E., &
Colak, A. M. (2007). Application of extracts from the
poisonous plant, Nerium Oleander L., as a wood
preservative. African Journal of Biotechnology,
6(17).
[10] Sen, S., Tascioglu, C., & Tırak, K. (2009). Fixation,
leachability, and decay resistance of wood treated
with some commercial extracts and wood
preservative salts. International Biodeterioration &
Biodegradation, 63(2), 135-141.
[11] Schultz, T. P., & Nicholas, D. D. (2002).
Development of environmentally-benign wood
preservatives based on the combination of organic
biocides with antioxidants and metal chelators.
Phytochemistry, 61(5), 555-560.
[12] Bernardi, A. C., & Popoff, O. (2009). Durability of
Pinus elliottii wood impregnated with Quebracho
Colorado (Schinopsis balansae) bio-protectives
extracts and CCA. Maderas. Ciencia y tecnología,
11(2), 107-115.
[13] Pizzi, A. Advanced wood adhesives technology. CRC
Press.1994.
[14] Thevenon, M. F., Tondi, G., & Pizzi, A. High
performance tannin resin-boron wood preservatives
for outdoor end-uses. European Journal of Wood
and Wood Products, 67(1), 89-93.2009.
[15] Tondi, G., Wieland, S., Lemenager, N.,
Petutschnigg, A., Pizzi, A., & Thevenon, M. F.
Efficacy of tannin in fixing boron in wood.
BioResources, 7(1), 1238-1252. 2012.
[16] Tondi, G., Palanti, S., Wieland, S., Thevenon, M. F.,
Petutschnigg, A., & Schnabel, T. Durability of
tannin-boron-treated timber. BioResources, 7(4),
5138-5151. 2012.
[17] Tondi, G., Wieland, S., Wimmer, T., Thevenon, M.
F., Pizzi, A., & Petutschnigg, A. Tannin-boron
preservatives for wood buildings: mechanical and
fire properties. European Journal of Wood and
Wood Products, 70(5), 689-696. 2012.

signals of activation for maleic anhydride with tannin.
It has to be noticed that the tannin-hardener polymers
were produced all at 103°C hardening temperature. And if
in case of hexamine this carries to satisfactory result, for
furfural and maleic anhydride could be not surprising that
limited polymerization evidences are observed. In further
investigations also the polymer produced at higher
temperature will be investigated and this will clarify the
real polymerization opportunity.
CONCLUSIONS
The enhancement of the properties of the former tanninbased wood preservatives is a complex task due to the
chemical properties of the tannins. They reacts
producing very rigid network and they lose their
biological properties once they are polymerized. The two
approaches presented allowed to get the following
conclusions:
 The copolymer synthetized in the test-tube are more
water resistant than the corresponding polymers
polymerized in-situ.
 The production of highly water resistant copolymers
is possible in wood only if the hardening
temperature are high (>100°C) and time are long
enough (>2 hours).
 The addition of inert molecules involves an increase
of leachability of the tannin polymer.
 For both kinds of modifications the presence of
external biocides is required in order to confer a
good biological activity against Coriolus versicolor.
 The spectra of the tannin polymers shows that the
activation is difficult to observe with FT-IR, even if
for hexamine the presence of increased signals at
1700 cm-1 can be considered a significant indication
for the copolymerization.
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INFLUENCE OF MICROSTRUCTURE ON ADHESIVE PENETRATION
AND BOND PERFORMANCE
Fr d ri A. Kam 1, Pai M Kinl y1, Dani l J. Chin 1, Mi ha la aun r2,
Chad Hamm r uist1, and John Nairn1
ABSTRACT: Micro X-ray computed tomography (XCT) and nano-XCT were used to study the structure of adhesive
bonds in three wood species bonded with three types of adhesives. The method was capable of defining three-dimensional
(3D) structure with precision approaching 1 micron and 60 nm in the micro-XCT and nano-XCT experiments,
respectively. Pure adhesive, cell wall, adhesive penetrated into the cell wall, and voids could be segmented in the
tomogram. The detection of adhesive in the cell wall was verified by complementary methods. In addition, bonded lapshear specimens were scanned using the micro-XCT method while subjected to mechanical loading. This experiment
allowed observation of bondline deformation and initiation of failure. Digital volume correlation was used to calculate
the three-dimensional strain field. The tomogram data sets were used for the purpose of developing a numerical model
that simulates the mechanical behaviour of the bond, thus directly representing the influence of adhesive penetration on
bond performance.
KEYWORDS: adhesive bonding, wood, phenol-formaldehyde, MDI, polyvinyl acetate, tomography

1 INTRODUCTION 123
There is no question that wood composite materials that
are intended for structural building components depend
on the performance of adhesive bonds. However – does
penetration of adhesive into the wood make a difference?
Glue-laminated beams, cross-laminated timber, laminated
veneer lumber, plywood, and other structural wood
composites are designed to transfer load between wood
elements through adhesive bonds. These wood elements
may be lumber, veneer, strands, particles or fibres. The
integrity of the bond dictates the performance of the
product, and ultimately the performance of the entire
structure. The research presented here explores the role of
the adhesive penetration on bond performance.
During bond formation, the liquid adhesive penetrates
into the porous network of wood cells before solidifying
and permanently linking adjacent wood elements. The
depth of penetration is not uniform and varies widely
depending on wood species characteristics and fluid
properties of the adhesive. Penetration into the wood is
typically 0.1 to 0.2 mm, and the transfer of stress must
occur over this small distance. When cured, the adhesive
forms a solid that is locked in the cell lumens. Low
molecular weight adhesives, or the very low molecular
weight component of a polydisperse adhesive, may
penetrate into cell walls. Chemical bonds could form
1
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between the adhesive and the cell wall substance.
However, secondary bonding forces are certainly present,
which are enhanced by the extended internal surface
contact within the cell lumens as a result of penetration.
Therefore, penetration should influence bond
performance. Nevertheless, extremely deep penetration
could create a poor bond if too little cured polymer
remains at the interface between the substrates.
This report provides a summary of ongoing research that
is attempting to link the influence of adhesive penetration
on mechanical performance. The approach includes
experimentation to quantitatively measure the threedimensional pattern of penetration into cell lumens and
cell walls, and then computer modelling to simulate bond
performance. Mechanical testing is also included to check
the validity of the model and to directly compare to
measurements of adhesive penetration. Details of the
development of the model are reported elsewhere [1].

2 MATERIALS AND METHODS
This research used a multi-modal approach to study the
influence of adhesive penetration on bond performance.
Micro X-ray computed tomography (XCT) was the
method used to precisely describe the three-dimensional
(3D) pattern of adhesive penetration in wood bonds.
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Energy Dispersive Spectroscopy (EDS) and X-ray
Fluorescence Spectroscopy (XFM) were used to verify
adhesive penetration in cell lumens and cell walls. In
addition, nano-XCT was performed in an attempt to detect
adhesive penetration into the cell wall. Then the 3D
adhesive penetration data was used to form the physical
system for a numerical model that simulates the
mechanical performance of the adhesive bond. Model
predictions were compared to in situ micro-bond and
macro-bond tests. Digital Image Correlation and Digital
Volume Correlation techniques were used to collect
bondline deformation data for comparison to modelling
results. In this way, the model required no approximation
of wood anatomical features or assumptions of
penetration. When the mechanical properties of the cured
adhesive and cell wall are known, the model computes the
distribution of stress and strain in the bonded assembly.
2.1 ADHESIVE BOND FORMATION
Three adhesive types were included in this study: phenolformaldehyde (PF), methylene diphenyl diisocyanate
(MDI), and polyvinyl acetate (PVAc). The micro-XCT
method employed here required a significant difference of
X-ray attenuation between the adhesive and the cell wall
substance. Consequently, each adhesive was formulated
with a covalent bond to iodine, and therefore, not typical
of commercial adhesive systems [1]. The goal was to
create bonds with distinctly different penetration patterns,
and distinctly different mechanical properties of the
polymer, for the purpose of comparison to the model. This
goal was achieved. There is no intent to imply that the
experimental adhesives represent all commercial resins
classified by the 3 types of adhesives included in the
study. The wood species examined were Douglas-fir
( seu otsuga men iesii), Loblolly pine ( inus tae a), and
hybrid poplar ( opulus eltoi es trichocarpa).
Wood was conditioned to 12% equilibrium moisture
content and freshly planed prior to adhesive application.
Bonded assemblies were created using 120 g/m2 adhesive
application based on resin solids, with adhesive applied to
the tangential surface. Specimens were prepared with
either earlywood (EW) and latewood (LW) exposed on
the surface to be bonded. Consequently, bonded
assemblies were controlled to be EW-EW, LW-LW, and
EW-LW. PF and MDI specimens were cured at 180oC,
while PVAc was cured at room temperature. For XCT
scanning, specimens were reduced in size to
approximately 2 mm x 2 mm x 10 mm (T x R x L).
2.2 X RAY COMPUTED TOMOGRAPHY
Adhesive bondlines were scanned using the synchrotron
at the Advanced Photon Source, at the Argonne National
Laboratory in Argonne, Illinois, USA. XCT scanning was
performed in the micrometer range and nanometer range
on beam lines 2-BM-B and 32-ID-C, respectively.
Micro-XCT scans required approximately 7 minutes, with
0.12 degree rotation increment through 180 degrees.
Beam energy was 25 keV, 150 ms exposure, and 50 mm
specimen-detector distance. Tomogram resolution was
1.34 μm, which was verified by measurement. MicroXCT scans were performed on unloaded specimens, and

in some cases, the same specimen was scanned multiple
times when a load was applied until it failed.
Nano-XCT specimens were obtained from the microXCT specimens. Using the reconstructed tomograms
from the micro-XCT data, regions obtaining adhesive
were carefully removed and indexed to the micro-XCT
specimen. Sectioning was performed using a stereo
microscope and razorblade. Nano-XCT specimens were
approximately 40 x 40 x 200 μm3 (T x R x L). Nano-XCT
scans were performed at 8 keV beam energy, exposure
time 500 ms, and a 45 nm Fresnel zone plate with Zernike
phase contrast enhancement. After some initial trials, 360
projections, with 0.5 degree increment, were collected per
specimen for a total scan time of approximately 10
minutes. Tomogram resolution was 60 nm, which was
verified by measurement. After the nano-XCT tomograms
were obtained, the nano-XCT specimens were visually
indexed to the micro-XCT tomograms to within +/-2 μm.
2.3 MICRO BOND TEST PROCEDURE
Some bonded assemblies were scanned by XCT when the
bond was subjected to a mechanical load. Specimens were
prepared in a lap-shear configuration, with a bonded
length in the direction of load of approximately 4 mm.
This configuration was accomplished by cutting a notch
to the bondline from opposing sides of the specimen [1].
An approximate shear load was then applied in a step-wise
procedure until failure. Shear load was applied using a
mechanical test device designed and built by Zauner [2].
The step-wise application of load was designed to obtain
XCT data in the linear regime, as well as the nonlinear
region and at the initiation of failure. The load was
monitored with a load cell mounted on the test frame.
Deformation was computed in 3D using digital volume
correlation via analysis of the reconstructed tomograms.
2.4 MACRO BOND TEST PROCEDURE
Lap-shear specimens were also prepared on a macro-scale
using a procedure adapted from Voluntary Product
Standard PS1-09 Structural Plywood [4]. This test
approximates in-plane shear in tension loading. The
specimen dimensions were 6 × 13 × 63 mm (R × T × L),
with bonded length of 13 mm within the lap. This test was
performed to failure. Micro XCT specimens, described
previously, were cut from the failed macro lap-shear
specimens. Specimens were tested to obtain maximum
apparent shear stress following a modified ASTM D2339
[5] standard and using a universal testing machine in
tension mode (E1000, Instron, Norwood, MA). Crosshead
movement rate was 0.40 mm/min. During the test, DIC
was used to obtain full-field surface displacement
measurements around the bondline. Before testing, a
speckle pattern was applied using an air deposition
technique. A stereo-microscope DIC apparatus (Vic 3D
Micro, Correlated Solutions, Columbia SC) was rigidly
attached to the universal testing machine to prevent
external movement in the cameras. The field of view was
roughly 49 mm2, and spatial resolution was 3.22
µm/pixel. Images were recorded every second until
failure. The collected data was processed using Vic-Micro
3D 2012 software with a subset size of 49 pixels and a
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step size of 11 pixels. Strain was calculated using the
Lagrangian finite strain tensor approximation. Average
shear strain and a colour-map of the surface strain were
recorded.

3 RESULTS
3.1 XCT
Figure 1 shows an example of poplar bonded with PF as
represented in a reconstructed tomogram. The iodinated
PF adhesive appears white, cell wall substance is grey,
and voids are black. Where some low molecular weight
fraction of PF has penetrated the cell wall, a lighter shade
of grey appears. We employed a multi-component
Gaussian distribution fit to the grey-scale data to identify
material phases, including a phase of mixed “adhesivecell wall”. The grey-scale images cannot be exactly
segmented to separate adhesive from cell wall substance
due to a concentration gradient of adhesive in the cell wall
and artefacts arising from X-ray diffraction at interfaces
of dissimilar materials. Nevertheless, segmentation may
be achieved with remarkable precision of less than 2 µm.
Complementary experiments using SEM and energy
dispersive X-ray analysis on the same specimens as
scanned for micro-XCT, confirmed the presence of
adhesive in the lumens and cell wall areas as depicted by
the tomographic evidence.

specimen. The PF appears white, and the bondline
(tangential-longitudinal plane) is oriented vertically in the
images. Figure 2 clearly shows that the orientation of the
bondline is not precisely on the tangential-longitudinal
plane, but rotated approximately 20 degree in the radial
direction. The crack initiated one cell to the left of the
interphase region and propagated in the longitudinaldirection. The crack deviated from the longitudinaltangential plane to follow a path that was outside of the
region of adhesive penetration.
As expected, penetration was influenced by anatomical
structure of the wood. Figure 1 clearly shows that
adhesive follows the path of least resistance when the
bond is formed. In this case, the PF flowed into the vessel
cells and almost no adhesive was detected in the
longitudinal fibres of ray cells. Figure 3 shows a bond
between the earlywood and latewood of Douglas-fir. In
this case, the PF adhesive exhibited greater penetration
into the earlywood cells than the adjacent latewood cells.
Some adhesive penetration into the cell wall was observed
for PF and MDI, which was detected as a higher grayscale value in the cell wall (indication of greater X-ray
attenuation). The micro-XCT results from the
experimental adhesives showed that greatest penetration
occurred with MDI and the least penetration occurred
with PVAc.

Figure 2: Douglas-fir bonded with PF; location of slice
from tomograms of same lap-shear specimen (top-left)
and illustrated at increasing load application (top-right):
A: unloaded (0), B: crack initiation (1), and C: failure (2).
Failure occurred at left of interphase region.
Figure 1: 3D illustration of tomogram of PF bondline in
hybrid poplar; dimension in microns; adhesive segmented
and shown in white.
Figure 2 shows slices from the reconstructed tomograms
of a Douglas-fir lap-shear specimen that was bonded with
PF and scanned during step-wise loading. The lap-shear
specimen configuration and location of a slice from the
tomogram is shown at the top-left of Figure 2. Three load
conditions on the slice depicted are shown at the bottom
of Figure 2 – unloaded (left), load at crack initiation
(center), and load at failure (right). Tomogram slices are
within 2 µm of the same radial-tangential plane within the

Only a few nano-XCT results were successful due to
movement of the specimen during scanning. Although the
nano-XCT specimens were exposed to the laboratory
environment prior to scanning, the energy imposed by the
X-ray beam during scanning caused deformation of the
specimen, and thus a poor quality tomogram in some
cases. Perhaps there was a loss of moisture, or there was
some degradation of the cell wall substance as a result of
exposure to the X-ray beam. This issue was partially
resolved by first scanning the specimen for 20 minutes,
after which the specimen stabilized. In addition, the
number of radiographs was reduced to only 361 through
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180 degrees of rotation, which reduced scan time to 10
minutes. An example result of the nano-XCT experiment
is shown in Figure 4. This figure shows three orthogonal
views from the tomogram of Douglas-fir bonded with PF.
The reference point is marked on each image.
Figure 4 shows PF resin in cell lumens that have been
collapsed during bond formation. PF resin is also seen
inside the chambers of two adjacent pit-pairs. Figure 4B
shows a tangential view of the pits with the slice
sectioning the pit chambers (round structures). Figure 4C
shows the same two bordered pit pairs in a radial view,
where the pit apertures and borders are clearly visible. The
60 nm resolution did not allow identification of the pit
membrane. From this evidence it cannot be ascertained if
the PF resin flowed through the pit membrane, or if the PF
resin flowed into the pit chamber from opposite pit
apertures. The ability of an adhesive to flow through the
pit membranes is critical for penetration beyond a single
cell in softwood species. In hardwood species, the
perforation plate between adjacent vessel cells is a
relatively unobstructed pathway, since there is no
membrane present. At this time the nano-XCT data has
not been fully analysed.

Figure 3. Example of transverse slice from micro-XCT
tomogram showing iodinated PF resin in Douglas-fir;
latewood to earlywood bonded on tangential surfaces.

Figure 4: Nano-XCT tomogram of iodinated PF resin in
Douglas-fir showing orthogonal views with respect to a
point (cross): A. transverse, B. tangential, and C. radial.
Penetration of PF and MDI into the cell wall was later
verified by EDS and XFM analysis of the micro-XCT
specimens. In this case the analysis detects the presence

of iodine. Since the iodine is covalently bonded to the base
polymer [1], the detection of iodine is also an indicator of
the presence of the adhesive. An illustration of MDI
penetration into the cell wall is shown is the XFM image
in Figure 5. A cross-section of Douglas-fir latewood, as
prepared from a microtome section, is shown. The MDI
was applied to the tangential surface at the right of the
image, and then the MDI penetrated from right to left in
the radial direction. Iodine was detected in the compound
middle lamella and in the secondary cell wall of cells
nearer the bonded interface (right). Iodine detected in cell
lumens further from the bonded interface must have
entered the cells via a pathway outside of the field of view
and flowed in the longitudinal direction through the cell
lumen.
3.2 MICRO MACRO BOND PERFORMANCE
Results for micro-bond and macro-bond performance are
still being analysed. Macro-bond test results show large
variability in ultimate strength, apparent shear modulus,
and energy to proportional limit. The apparent shear
modulus of Douglas-fir specimens bonded with phenolformaldehyde was highest with latewood-latewood
bonds, lowest with earlywood-earlywood bonds, and
mid-range with earlywood-latewood bonds. The MDIbonded specimens generally had poor bond performance,
but exhibited the greatest penetration. Previous results
using the same adhesive formulations showed that the
MDI penetrated Douglas-fir, loblolly pine, and hybrid
poplar 5 to 10 times deeper than PF or PVAc, and PF
penetrated approximately twice the depth of PVAc [6].

Figure 5. Transverse view of iodinated MDI in Douglasfir; top image is a light micrograph and bottom image is
the same specimen showing the XFM colour-map image;
red indicates high concentration of iodine and black
indicates no iodine (courtesy of J. Jakes, US Forest
Products Laboratory, Madison WI, USA.).
Evaluation of micro-bond test results requires calculation
of deformation from the tomogram data, for which a
digital volume correlation software package was adapted
from Bay [3]. The accuracy and precision of the DVC
software was validated by artificially deforming 256 x
256 x 1536 pixel sub-volumes of representative
tomographs. Deformation was 1.24% in 4 different
modes: transverse shear, axial shear, axial tension, and
uniform translation for each of the three classes of texture
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in our specimens: earlywood softwood, latewood
softwood, and diffuse-porous hardwood. The correlation
window size was 40 x 40 x 256 pixel. By comparing these
applied deformation fields to the deformation fields
calculated by the DVC software, quantitative measures of
the accuracy and precision of the software were collected.
Mean displacement error was used to quantify the
accuracy of the DVC software. While the precision in the
radial and tangential directions was consistently less than
0.5 microns, in the longitudinal direction the precision
was often larger than 1 micron. The anisotropy of the
precision is not consistent between the three wood
textures, diffuse-porous hardwood had the most outliers.
Due to a higher proportion of untextured regions
(vessels), outliers correlate with points 10 to 100 µm away
from their correct positions.
Although DVC presents a challenge for accurate
calculation of deformation inside a 3D object like wood,
promising results have still been obtained for Douglas-fir
and loblolly pine. Figure 6 illustrates shear strain
calculated from DVC results for Douglas-fir bonded with
PF. The colour-map overlays represent absolute values for
calculated shear strain. The corresponding tomogram
slice in the radial-tangential plane is shown in the
background. The slices are from the lapped region of the
bonded assembly during tension loading, with the gross
stress/strain behavior in the linear-elastic region. The
slices are separated by 0.6 mm, and centered, in the
longitudinal direction. In this example, the DVC analysis
was conducted on a subvolume of the tomogram. To
reduce computation time, the voxels in the original
tomogram were binned to yield an effective spatial
resolution of 10 µm over a subvolume of 0.4 x 1.3 x 2.4
mm3 (T x R x L). The least amount of shear strain is
revealed in the central region of the lap (Figure 6, middle),
which is expected for theoretical strain distribution in a
lap-shear bond in tension loading. A region of high shear
strain (red) is shown in Figure 6 (bottom). This apparent
high shear strain region could be the result of a ring
artifact that is commonly found in tomograms. Although
a ring removal procedure was applied to the tomography
data, this issue can still persist. Close examination of this
region in the tomogram shows unusually large diameter
tracheids, which may be associated with this observation.
Further analysis of this preliminary data is needed to
confirm the origin of the high shear strain region.
Nevertheless, deformation of the specimen is clearly
influenced by the anatomical structure of the wood and
the adhesives. Regions of low shear strain are aligned with
rays, even following the contour of rays that are deflected
in the region of the bonded interface, where several rows
of cells have been crushed.
Preliminary analysis of the tomograms from the in situ
lap-shear tests, as well as the validation procedure applied
to the numerically-deformed tomograms, support the use
of DVC for analysis of wood specimens under mechancial
loading.
Figure 6. Colour-map overlay of absolute shear strain as
determined by DVC and overlaid on transverse tomogram
slices for Douglas-fir earlywood bonded with PF. Slices
separated by 0.6 mm in longitudinal direction.
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3.3 MODELING
Development of the model for the elastic behavior of an
adhesive bond has been described previously [2]. The
functionality of the model is currently being extended to
include anisotropic, plastic deformation up to the point of
fracture [7]. Examples of simulation results are illustrated
in Figures 7 – 10. The model is based on the material
point method (MPM), which readily adapts to the physical
domain represented by a tomogram. In this case, the
tomogram has been segmented such that material
properties can be assigned to voxels, which are then
translated into material points to create a discretised 3D
MPM model.

represented in the plane displayed. Highest strain is
observed in the regions with thinnest cell walls, and in the
regions adjacent to the interphase, where the interphase is
defined as the region surrounding the bonded interface
that contains adhesive (in cell lumens or cell walls).
Figure 10 illustrates depth-averaged plastic energy for
three orthogonal views of the specimen represented in
Figure 7 at load condition B, which is the load condition
at the initiation of failure. Figure 10C shows that most of
the plastic deformation occurs in an earlywood region to
the left of the bonded interface. Figures 10A and 10B
indicate the failure propagating in the tangential-radial
plane, which is perpendicular to the bonded interface and
normal to the applied load.

Figure 7. Discretised 3D MPM model of the bonded
region in a loblolly pine phenol-formaldehyde lap-shear
specimen (A); Transverse view of discretization with
vertical-oriented bonded interface (B).

Figure 9. Model results for depth-averaged strain at load
A (Figure 8). Orthogonal views are radial (A), tangential
(B), and transverse (C); purple = low, red = high. View C
corresponds to Figure 7B.

Figure 8. Simulated global stress as a function of strain of
a virtual lab-shear specimen in tension loading. MPM
mesh and load conditions A and B correspond to Figures
7, 9, and 10.
Modelling results indicate that stress concentration in the
region of the bondline was influenced by the degree of
penetration and the modulus of the cured adhesive.
Anatomical features of the wood substrate also contribute
to predicted deformation and eventual failure. For
example, in a loblolly pine PF bondline, with earlywood
bonded to latewood, a region of thin-walled cells
containing no adhesive will deform more than an adjacent
latewood region or earlywood cells filled with cured
adhesive.
Figure 9 illustrates depth-averaged strain for three
orthogonal views of the specimen represented in Figure 7
at load condition A. Depth-averaged means average value
for all material points in the mesh for the dimension not

Figure 10. Model results for depth-averaged plastic
energy at load B (Figure 8). Orthogonal views are radial
(A), tangential (B), and transverse (C); purple = low, red
= high. View C corresponds to Figure 7B
At this time the DVC data and model results have not been
compared. A preliminary assessment of the model results
in comparison to the tomograms indicate consistent
prediction of high strain in regions of empty-lumen, thinwalled cells, such as earlywood in Douglas-fir and
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loblolly pine, and empty lumens of vessels. Mechanical
properties of the adhesives were obtained from the
literature or otherwise estimated based on knowledge of
the general class of polymers. Consequently, mechanical
properties of the cured adhesives are assumed to be within
an order of magnitude of actual values. Nano-indentation
measurements provide some confidence that this
assumption is valid [8]. Nano-indentation measurements
on the specimens used for this study are currently ongoing
by J. Jakes of the US Forest Products Laboratory,
Madison, WI, USA.

4 CONCLUSIONS
Anatomical structure of wood and the penetration pattern
of adhesive both influence the mechanical performance of
adhesive bonds in wood. This has been demonstrated with
three wood species and three adhesive types. At the time
of this report, the results are to be considered preliminary
since only a partial analysis of the data has been
completed. However, the influence of these factors, while
certainly intuitive, can clearly be visually observed in the
tomography data obtained during in situ lap-shear testing.
The development of the model is ongoing. Early
comparisons of tomography data with model results meet
expectations of behaviour.
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From the Lab to Commercial Reality with Biobased Adhesives for Wood
Michael J. Birkeland2 and Charles R. Frihart1
ABSTRACT: Many technologies can be demonstrated in the laboratory to give products that meet performance
standards, but there are many hurdles to overcome before these products are commercially viable. Demonstrating
performance under simulated commercial processes conditions is the first key step to be accomplished through using
appropriate adhesive application, furnish selection, and bonding conditions. Then, after evaluation of economic
feasibility, comes the need to scale up adhesive production on a consistent basis. With this accomplished, the adhesive
needs to be applied and bonded in a commercial scale trial in a customers’ plant. If the adhesive passes all these steps,
then comes all the logistic, plant modification and economic factors along with the customer’s real desire for taking on
the risk of change. It is always harder to do a technology push than a market pull and the technology needs to match the
window of opportunity for consumer demands.
KEYWORDS: Biobased, adhesives, wood composites, commercialization

1 INTRODUCTION 1 23
The field of wood adhesives is varied and complex [1-4],
which makes the development of new adhesives very
challenging. Considering just making panel and structural
products shown in Figure 1, the adhesives may be used
for laminating or as binders. Thus, wood adhesives are
often developed with a certain use in mind.

Figure 1: Examples of wood products, all made with biobased
adhesives.

In exploring new adhesives, research often stops at the
stage of an initial laboratory proof of concept. This is
attributable to the fact that often for academics and
1
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entrepreneurs the most important aspect of new product
development is the proof of concept which can take
substantial investment of time and other resources to
accomplish. On the road to commercialization however,
this is the starting point, not the end point.
For many researchers, the path toward commercialization
is not well defined. Laboratory work is typically focused
on meeting specific performance metrics as defined by an
industry standard. Materials are carefully selected and
conditions optimized to obtain samples with maximum
performance and reproducibility. While this is necessary
and valuable in development of new adhesive systems, it
provides limited information on how the adhesive will
perform in a commercial setting. Before presenting the
proof of concept to an industrial collaborator or potential
customer for commercialization trials, it is necessary to
consider the many factors required for a new product to
be successfully commercialized. Better yet is to do this in
the early stages of product development.
There are three areas to consider: scale-up, process
conditions and performance deliverables. In scale-up,
there must be confidence in the reproducibility of the
product as well as the robustness of the make down
procedure. The environmental, health and safety (EH&S)
of the raw materials and the final product must be
considered as well as the cost and availability of the raw
materials. If you have access to a process engineer,
involve them early on to be able to scale-up your process.
Process conditions include factors such as the mixing,
pumping and application of the adhesive, the shelf life
and/or pot life of the adhesive, the balance of moisture in
the system, the variability of the adhesive ingredients and
substrate(s) and EH&S concerns for storage, use and
2
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disposal of unused material to name just a few of the most
important ones. Performance deliverables may be
prioritized differently by different customers or extend
beyond those mentioned in the standards for a given
market including unofficial tests that are specific to a
given customer or even an individual mill. The more
information that can be gathered before the proof of
concept
and
certainly
before
attempts
at
commercialization, the greater the chances are for moving
beyond this stage.
There is currently a large effort to make new bio-based
adhesives to replace those derived from fossil fuels. In
order to increase the chances for success of this
endeavour, it is important to understand the steps from the
laboratory proof of concept to commercial utility.
Although each product has its own tortuous path, the
information contained herein is intended to provide some
insights based upon our experiences in tracking the
development and commercialization of new adhesive
products.

While it is important to know the best conditions for
making an adhesive, it is equally critical to be able to
make the same polymer blend or formulation repeatedly,
as determined by viscosity, molecular weight or some
other set of observables. It is important to realize that the
targets very much depend upon the specific application,
as illustrated in Table 1. This is also a good point to plan
in detail how to overcome some major hurdles that the
technology needs to address; an example in Table 2 lists
these that were addressed in developing soy adhesives.
Table 2: Some generalized product challenges that improved
soy adhesives need to address.

2 LABORATORY TESTING
Developing a new adhesive requires a great deal of
creativity and diligent work. However, demonstrating
that a new adhesive is commercially viable requires much
more than laboratory demonstration.
2.1 PRODUCT REPEATABILITY AND PROCESS
ROBUSTNESS
Development and optimization of a new adhesive
formulation is a complex iterative process well suited to
laboratory studies. Making controlled changes to one
variable or additive at a time is detailed work that requires
flexibility and freedom from other constraints in order to
identify the maximum potential of a new adhesive system.
Table 1: Some generalized product adhesive criteria with
DPW= decorative plywood, PB=particleboard, MDF=
Medium density fibreboard, OSB=oriented strandboard,
LVL=laminated veneer lumber, viscosity in Pa.s, and WR=
water resistant

% solids

Viscosity*

DPW

30-50

1000-3000

PB

50+

200-500

MDF

40+

200-500

OSB

50+

200-500

LVL

50+

1500

Other
Bond a variety of
wood species, no
bleed through,
Moderate WR
Distribute well in
blender, moderate
WR
No spotting,,
moderate WR
Atomize well,
good WR
High WR, fire and
heat resistance

*These values are reported for Newtonian liquids. For nonNewtonian materials such as protein based adhesives, these
values will vary greatly depending on the shear associated with
the viscosity measurement.

Upon completion of the laboratory proof of concept, it is
essential to take the next step and investigate the
robustness of the process in anticipation of commercial
application. While the specifics of this process will vary,
there are several aspects that will be consistent regardless
of the end use. For a formulated adhesive system, one
should evaluate the effect that order of addition has on
resultant properties and performance. How sensitive is
the process to changes including mixing conditions,
temperatures, times, ratios of components, etc.? This is
especially true when products will be formulated by a toll
manufacturer or by a customer directly prior to use. The
dynamics of all these change from a laboratory to a scaled
up process given the change in surface to volume ratios
and different localized mixing. It is important to know
what method(s) are to be used to monitor the adhesive
formulations’ progress.
Additives may interact with one another in the absence of
other ingredients and this should be evaluated and
understood. Review the procedure and consider how this
process will go when completed by an operator who
does not know as much as you do. For example, in a
particular soy-based adhesive system, the process for
making the end product involved charging water,
polymer, viscosity modifier and soy flour followed by
several other additives. On one particular shift, the
operator charged the water, polymer and viscosity
modifier before going to lunch. The operator figured this
would save time when returning from lunch and the
remainder of the ingredients could be added without issue.
Unfortunately, in the absence of the soy flour, the
viscosity modifier reacted with the polymer resulting in
greatly reduced performance of that batch of adhesive
material. This happened on numerous occasions and
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proved to be a difficult issue to define. It was only after a
fairly rigorous investigation that the change in normal
operating procedure was discovered and the procedure
was modified to prevent this from happening in the future.
It will also be necessary to understand the effect of over
or under charging of each component as related to the
properties and performance of the material. Not only will
this provide a better understanding of the system, but it
will also provide an excellent base for troubleshooting
down the line as the commercialization efforts continue.
Much of this information comes naturally from the
optimization stage of the formulation, however
considering the data specifically in light of commercial
application will add value to the project and increase the
chances for commercial success.
In a perfect world, the recipe will always be followed, but
in reality changes are sometimes made. Knowing ahead of
time what particular changes look like adds credibility and
prevents the need to stall commercial activities in order to
do this analysis. While it is difficult to anticipate
everything that may go wrong, it is a small task to
proactively anticipate common mistakes and prevent the
need for reactive analysis.
2.2 RAW MATERIALS
The chemicals used in a process are generally consistent
if they are small molecules. However, large molecules,
especially bio-based, can vary considerably from lot-tolot depending on season, location, and storage age and
conditions, vendor and other aspects; understanding these
variations is critical to success. For economic reasons,
commercial operations will use the lowest grade
available; thus, it is important to understand the
differences in quality one may encounter and where
possible, use commercial chemicals rather than laboratory
grade. Long-term testing of different raw material lots is
very important to know that the material is consistent and
reliable. In the event one discovers the material does
exhibit variation affecting properties or performance,
work can begin to understand the quality parameters that
maybe used to qualify raw material lots and vendors. This
issue becomes even more important for oligomeric or
polymeric raw materials because they tend to be less
uniform. If the variation is not easily controlled or
eliminated, then at least it can be anticipated and/or
managed before it is discovered by the customer or
commercial collaborator.
2.3 PERFORMANCE TESTING
Performance testing is more complicated for wood than it
is for other substrates due to the fact that wood is porous
and does not have a well-defined surface. Porosity not
only varies with species, but also between samples and
across a surface. A surface too dense limits adhesive
penetration which leads to decreased mechanical interlock
whereas a surface too porous can lead to over-penetration
and a starved bondline. The viscosity and composition of
an adhesive has a big effect on penetration, but they are
not the only drivers. The other aspects involve the variable
surface of the wood substrate.

Table 3: Examples of some differences in veneers between
laboratory studies and commercial testing for interior plywood.

Laboratory Commercial
Species

Yellow Poplar

Douglas Fir

Grade

High

Low

6

4

0.25

0.13

200

170

Press Pressure
(psi)

200

100

Press Time
(s)

600

300

Wood Moisture
(%)
Adhesive Load
(g/in2 )
Press Temp.
(°C)

In designing laboratory tests to evaluate adhesive
performance, the commercial process must be considered.
As an example, consider the two conditions shown in
Table 3. Although somewhat exaggerated, it is not
uncommon for laboratory test procedures to be
significantly different than those of a commercial process.
It is not always possible to do the proof of concept work
using a defined commercial process, however once a
commercial application is identified, it is always
necessary to evaluate a new product under commercially
relevant conditions. The materials used to produce
samples must be of similar quality and composition to
those that are used commercially. In preparing a sample
for testing, the adhesive must be applied at a
commercially acceptable level and be bonded at a time,
pressure and temperature that are commercially
appropriate. Knowing the influence of curing conditions
can help to anticipate how changes in the process can
affect performance. If, for example you are making a
thicker product, where the time at a given temperature is
less, then you know how to alter press time in order to
obtain full cure. There is equipment available to measure
strength development under different times and
temperatures to understand cure rates. Additionally,
because of the scale, commercial equipment entraps more
moisture due to the less edge space for moisture to leave
the panel.
2.4 ECONOMICS
A complete material balance flow sheet should be used for
calculating the economics. By-products are usually a
significant detriment because they take valuable raw
material and convert it to a low cost or even a negative
value if it has to be disposed. It is important to make sure
the process makes sound economic sense before
proceeding. Marginal economic advantage and the lack of
a strong market driver make it very unlikely that any
process will go beyond proof of concept. Before
proceeding further, a more complete market assessment
must be done and it is necessary to find a suitable potential
customer for commercial trial and assessment of market
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conditions. A commercial partner or advisor is important
because they have already been through many problems
and failures. Ask lots of questions about problems they
foresee because this will increase your knowledge and
help you to improve your chances of success by being able
to address them early in the process.

3 ADHESIVE SCALE UP
3.1 PRODUCT
Before doing the scale-up chemistry, it is necessary to
define the most suitable product for the trial at a potential
customer. Many factors need to be considered as listed in
Tables 4 and 5.
Table 4: Some examples of process deliverables that need to be
addressed.

product, it is important to understand the moisture limits
of the process, both upper and lower, to prevent excessive
steam generation, which may lead to steam blows, or
insufficient heat transfer, which may lead to product
delamination. One must consider the effect process
conditions may have on viscosity, density and stability.
For a non-Newtonian system, such as proteins, it is
important to consider how the sheer forces on the adhesive
may change throughout the process thereby affecting the
viscosity at various stages within the process. There may
be an aspect of the process that entrains air into the
system, thereby reducing the density and changing the
control one has on application rate. Understanding the
temperature at each stage of the process is another
important aspect of formulating the product to have
appropriate stability throughout the process. Other
process variables, such as process time(s) and green
strength (tack) must also be considered when selecting a
product and formulating for end use.
3.2 PROCESS

Table 5: Some examples of performance deliverables of the
product that need to be addressed.

This involves formulating the adhesive system so that it
bonds with all the substrates (wood species, veneer vs.
composites, etc.) a given customer uses and doing so
under commercially relevant conditions. Furthermore, the
formulation must also be compatible with the application
equipment. If, for example, the application is going to be
sprayed, then one must understand the viscosity
requirements, nozzle specifications (aperture size,
pressure/flow limits, etc.) and pump requirements for a
given adhesive formulation. If one is using a water-based
system in a process that uses heat and pressure to cure the

Scaling up can create many issues, but heat transfer,
mixing, and cycle time are the most common. Heat
transfer, either into or out of the reaction, is much more
difficult at commercial quantities since the surface area
scales as a square function while the volume scales as a
cubic function. In addition, the process on a larger scale
may have additional variables to overcome due to hang up
on internals, poorer vertical mixing, residue left from the
prior reaction, etc. The decreased surface to volume ratio
makes it hard to get added components and the
temperature uniformly distributed as rapidly as can be
accomplished in the laboratory, especially as the viscosity
of the reaction mixture increases. Figure 2 shows an
example of the size difference between a laboratory and
pilot reactor.

Figure 2: Illustration of size and shape difference
between a laboratory flask on the left and a pilot scale
reactor on the right.
Heating and cooling times are longer in larger reactors
making exotherms and endotherms more difficult to
predict and control. For reactions that are sensitive to
temperature, one must consider the effect of longer
heating and cooling times and the effect they may have on
the final properties of the adhesive system. Considering
the challenges of scale up early in the process will
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increase the chances for commercial success and decrease
the time required for commercialization.

3.3 COMMERCIAL TRIALS
No matter how much effort is put into generating
commercially relevant data in the laboratory, a technology
is not considered viable without commercial
demonstration. Plant trials are costly for a variety of
reasons. Equipment may need to be brought in and time
taken to set up, test and validate its operation. The
materials to be used, both the adhesive system as well as
the substrate, add cost, especially if the trial produces
unusable or downgraded product. There will be a cost
associated with the lost production time in setting up,
switching over and switching back to normal operations.
Finally, there is the cost and time of travel for individuals
from the supplier as well as the customer to attend the
trial. The better that one understands how the commercial
process works and how to control it, the more likely one
is to be successful in the plant trial.
There is great reluctance to change from normal
procedures for running a trial. A bad trail can make a poor
and lasting impression, especially if you do not know at
the time of the trail what went wrong.
3.3.1 PREPARATION
The chance of success at any trial is increased in
proportion to the level of preparation. Without a decent
showing, the chance of being allowed a second trial is
minimal. This means understanding, in detail, the
operation, production monitoring, and product
specification and testing. Know what equipment and
operating regimen is needed for your adhesive to have a
fair evaluation.
Before any trial, visit the trial location, more than once if
possible. Spend time walking the line to understand the
flow and timing of the process. Consider the lab process
and how it is similar to or different from what you observe
in the plant. Take special note of when, where and how
monitoring and quality samples are taken and evaluated
as well as how this relates to the testing developed in the
lab. Observe issues encountered during normal
production and analyse how those issues may be
magnified or diminished when using the new adhesive
system. Talk to the operators and plant personnel to get
an understanding of their priorities, observables and
strategies for overcoming unexpected issues. In nearly
every manufacturing plant, there is one or two individuals
who can get anything done. Ideally it is the plant manager,
but that may not always be the case; sometimes it is a
supervisor, an electrician, a pipe-fitter or an operator who
has been at the plant for a long time. Identify these people
and ensure you establish a relationship with them.
After you feel you have a good understanding of the
manufacturing process at a specific plant, prepare a
detailed trial plan. Set the goals of the trial and manage
expectations based on your analysis of the commercial
process. If there is a particular aspect of the process that
you are concerned with, consider running a series of
smaller trials or setting your goals such that successful
demonstration of that aspect of the process is a gate to
continuing the trial. Get as much input on your trial plan

as you can from both sides, especially the customer. Plant
managers appreciate over communication and caution
when putting a new chemical into the plant.
One of the most important, but often overlooked aspects
of a trial plan is defining when to stop the trial. It is easy
to envision a successful trial and all the accolades and
sales dollars that will come in thereafter, but it is
imperative to prepare for failures as well. Use the
knowledge from walking the line and observing the
process to identify potential issues and then include
specific actions for how to deal with them. Establish a
clear line of command and authority before, during and
after the trial. Assign specific responsibilities, points of
contact and timelines for follow up so that there is no
confusion about who is responsible for managing the trial
from both sides.
3.3.2 TRIAL
The day of the trial, hold a meeting with all the stakeholders to review the trial plan and discuss any last minute
changes or potential issues. Review the operational
condition of the equipment that day and the how the plant
has been operating in the recent days. Before the trial
begins, ask for a quality sample to be taken as a control
for the trial. Once the trial begins, expect the unexpected;
things go wrong in manufacturing more often than one
would like. Adhere to the trial plan. It is tempting to make
small changes on the fly, but sometimes a series of small
changes can get you so far off track, it is difficult to
recover. Trust that the analysis, thought and work put into
the trial plan is more valuable than a decision made at the
moment under stress.
Walk the production line while running the new product
and make note of any changes in the process with the new
adhesive system compared to what was observed
previously. Talk to the operators; these are the people who
run this process day in and day out. They will notice
things you won’t and they likely won’t tell you if you
don’t ask. Request as many samples as the customer is
willing to check and take special note of when and where
the samples were taken. Request extra samples for you to
take back to the lab and test using your equipment and
procedures. Not only will this add to your analysis of the
trial, it will allow you to improve your lab process to be
more like the commercial process.
Check the trial plan often. Analyse how the system is
performing in comparison to your stated goals and
expectations. If things are going well and you have met
all your goals and expectations, ask if it is possible to run
out the rest of the material to avoid disposal costs. If the
trial is not running well and you have run through all the
changes proposed in the trial plan, get final
recommendations from the stake-holders and then stop
the trial. Retreat and plan to return another day will buy
you more credibility and greatly increase the likelihood of
returning for a second trial than exhausting the patience
of your customer or the mill personnel trying to deal with
unanticipated issues.
3.3.3 POST TRIAL
At the end of the trial reconvene the stake-holders to
review the trial plan and goals, and then determine what
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could be done better or different in the next trial. Ask for
a second control sample to be tested after the plant returns
to normal operations as a bookend for how manufacturing
was running for the day. Although the plants try to run
consistently, there are so many uncontrolled variables that
you need to compare your data with normal production on
that day. Prepare a formal trial report detailing the trial
and providing analysis where appropriate. Concentrate on
the main issues to avoid them being buried by less
important information. Use the knowledge gained during
the trial to compare to lab data and revise procedures
when appropriate for subsequent trails. A plant manager
is not going to risk a major change in operations without
repeated demonstration of operability.

4 COMMERCIALIZATION
Even running a highly successful trial is no guarantee that
your product will be accepted. At this stage everything
gets more scrutiny from the cost of using the new adhesive
(chemical and manufacturing cost) to how the new
product (plywood, particleboard, etc.) will be presented to
the customer. Typically one of the first steps after a
successful trial is a second trial with extended run time to
better evaluate the operational stability of the new system.
During this phase, expect that almost any problem that
occurs will be linked to the new adhesive system whether
it is realistic or not. While evaluating a new adhesive
system, plant personnel tend to have a heightened sense
of awareness, so that a small issue that would typically go
unnoticed is observed even though it may have always
been there. Take note of all criticisms that come up and
talk to the operators to determine if it is real or perceived.
This idea extends to downstream users as well. If the
product is shipped to an end user and the end user knows
there has been a change, then any difference, defect or
difficulty observed will be linked back the new adhesive
as well. Push for blind market trials if possible wherein
the end user does not know there has been a change. As
long as the product meets the manufacturers’ quality tests,
there may be no reason to alert the end user to any change
in the product. If an issue comes up with an end user, it
will get back to the manufacturer regardless of whether
the end user knows there was a change or not. Change
management should be part of any commercialization
strategy and will require the buy-in of all parties to
manage.
4.1 ADHESIVE MANUFACTURING
Commercial production of adhesive requires detailed
knowledge on how the process will be controlled to make
a consistent product and what the detailed product
specifications are. Understand your raw materials and the
adhesive production equipment and operations to
minimize any variability that will influence the
consistency of your product’s performance. It would be
nice if the wood bonding plant has the same wood supply
of the same moisture content, and the temperature and
humidity of the plant were constant, but they are not.
Thus, adhesives and processes need to be adjusted for
these changes. Understanding your operational window
will be a crucial aspect of successful commercialization.

4.2 TECHNICAL SUPPORT
Because there is variation between plants in the
equipment, how the processes are run, wood properties,
environmental conditions, and products made, technical
support should be anticipated. The level of technical
support required will vary from customer to customer and
even from plant to plant within a single customer. The
amount of resources that will have to be committed to
technical support will depend upon the individual
customer or plant culture, personnel, and expectations.
This is an example of the type of intangible cost that
affects the economics of a new adhesive, but is usually not
considered when the economic viability of a new adhesive
is compared to an existing adhesive where these costs are
already built in.
Because manufacturing is driven by getting the product
out the door, there is a strong desire to live with the current
product over a small improvement in economics with a
new adhesive. The new adhesive may look better, but the
unknown problems that may occur often prevent change.
This is another place where the hard work of building trust
with your commercial partner, including the plant
manager and operations staff, will pay off.
4.3 SALES AND MARKETING
Sales and marketing are another cost for a new product
that are often not considered, but they are a necessary and
a real cost to your company. In addition, the cost of
running trails and modifying equipment are costs to your
customer. Thus, consider what benefits your new
adhesive provides that overcome this barrier.
4.4 OTHER
Who is the champion of a new technology? Without
support of someone in upper management in your
company and your customer to overcome the many
barriers, a new product will die along the way. Barriers
can be hurdled, side-stepped, and barrelled down, but not
without significant effort and cooperation of the entire
team and the champion is needed to encourage and direct
the program.

5 CONCLUSIONS
Inventions can be taken from the lab to commercial
development, but there are many hurdles along the way.
An appropriate analogy is the onion in that peeling away
each layer makes your cry anew, but this does not stop
people from eating onions. Innovation requires risk and
risk requires management. When properly managed,
innovation can offer disruptive changes that alter the
landscape of products and profit margins. Understanding
what needs to happen at each step and anticipating the
next step is crucial to move a new product from proof of
concept to commercial acceptance.

ACKNOWLEDGEMENT

We thank Jim Wescott for his many ideas and comments
on developing and implementing new technology. We
also thank many other technical people at adhesive and

WCTE 2016 e-book | 471

wood products companies that have contributed ideas
over the years to the authors,

REFERENCES

[1] Marra, A. A.: Technology of Wood Bonding:
Principles in Practice. Van Nostrand Reinhold. New
York, 1992.
[2] Frihart, C. R. and C. G. Hunt.: Adhesives with wood
materials: bond formation and performance. In:
Wood Handbook: Wood as an Engineering Material,
chap. 10. Madison, WI: U.S. Department of
Agriculture, Forest Service, Forest Products
Laboratory. 2010.
[3] Sellers, T.: Plywood and Adhesive Technology,
Marcel Dekker, New York, 1985.
[4] Winandy, J. E. and F. A. Kamke (Ed.): Fundamentals
of Composite Processing : Proceedings of a
Workshop, November 5-6, 2003, Madison,
Wisconsin, GTR- FPL-149, Forest Products
Laboratory, Madison, Wisconsin, 2004.

WCTE 2016 e-book | 472

ADHESION PERFORMANCE OF MELAMINE-UREA-FORMALDEHYDE
RESINS WITH VARIOUS MELAMINE CONTENTS FOR GLUED
LAMINATED TIMBER BY HIGH FREQUENCY HEATING SYSTEM
Byung-Dae Park1, Keon-Ho Kim2, Kugbo Shim2, Min-Kug Hong1
ABSTRACT: This work attempted to investigate adhesion performance of melamine-urea-formaldehyde (MUF) resin
adhesives for bonding glued-laminated timber (Glulam). Two preparation methods were employed to formulate MUF
resins with various melamine contents from 20 % to 50 %: one-step method of synthesizing MUF resins in a batch, and
two-step method of mixing urea-formaldehyde (UF) resin with melamine-formaldehyde (MF) resin that had been
synthesized separately. These MUF resin adhesives prepared by two methods were applied for bonding wood lamina of
four softwood species to manufacture Glulam under high frequency (HF) heating system. A commercial phenolresorcinol-formaldehyde (PRF) resin was also used for a comparison. As the melamine content increased, the gelation
time and peak temperature of MUF resins decreased. All Glulam samples except those of Korean red pine bonded with
one-step method MUF resins with 50% melamine content satisfied the requirement of Korean standard in water soaking
or boiling water delamination test as an exterior grade Glulam. The presence of resin canal in Korean red pine is believed
to be responsible for its poor adhesion. These results showed that the one-step MUF resin with 50% melamine content
provided acceptable water resistance with the Glulam.
KEYWORDS: Glulam, Softwood species, Synthesis method, MUF resins, Melamine content, Water resistance

1 INTRODUCTION 123
In general, glued-laminated timber (Glulam) is being
manufactured by conventional cold pressing for more
than twenty-four hours under room temperature using
cold-setting resin adhesives such as resorcinolformaldehyde (RF) resin or phenol-resorcinolformaldehyde (PRF) resin. PRF resins are preferably used
for manufacturing structural Glulam because of its high
bonding strength under wet condition even though it is
relatively expensive [1,2]. In the cold pressing system,
adhesives are spread on the surface of wood laminae, and
then pressed by clamps under certain pressure to cure the
resin. A long curing time of cold pressing to manufacture
Glulam results in a low productivity, which consequently
increases the unit cost of structural Glulam production.
Therefore, it is highly necessary to develop a Glulam
manufacturing system which can reduce the curing time.
A way of reducing the cold pressing time is to use high
frequency (HF) heating system. The HF heating system
has been used for gluing wood for long time [3]. This
study employed HF heating system to fabricate Glulam.
In principle, the HF heating is a process in which a highfrequency alternating electric field, or radio wave heats a
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dielectric material. The HF heating generates heat by
friction of dipole molecules in rotation under the dielectric.
The heat generation is known to be related to the relative
loss factor of materials. The relative dielectric constant
and the loss factor was changed by the oscillated
frequency, and the selection of frequency range was
important to heat materials. The HF heating system has
already commercially been used in the manufacturing of
glued laminated board or laminated veneer lumber (LVL).
In addition, PRF resins are expensive owing to the cost
of resorcinol. This work attempted to manufacture Glulam
using melamine-urea-formaldehyde (MUF) resins with
various melamine contents, which were less expensive
than RF or PRF resins, and was expected to provide water
resistance with Glulam prepared. The objective this work
is to investigate adhesion performance of MUF resins in
bonding Glulam under HF heating system.

2 MATERIALS AND METHODS
2.1 MUF RESIN SYNTHESIS
Commercially available urea (99%), melamine (99%),
and formalin (37%) were used for the synthesis of UF
2
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resin, MF resin and MUF resin. One-step method of
preparing MUF resins were synthesized in a batch, using
four-neck reactor under continuous stirring at 80°C. In
two-step method, MF resin and UF resin were synthesized
separately, and then mix them together to obtain
melamine contents from 20 % to 50% in MUF resins on
the basis of resin solids. A commercial PRF resin from a
resin company has 42.27% non-volatile solids content, 80
mPa.s viscosity and 31 s gel-time. The PRF adhesive was
mixed with para-formaldehyde as hardener.
To evaluate bonding performance of glulam
manufactured under HF heating system, four softwood
species in Korea such as Japanese larch (Larix kaempferi
Carriere), Korean pine (Pinus koraiensis Siebold &
Zucc.), Korean red pine (Pinus densiflora Siebold &
Zucc.) and Japanese cedar (Cryptomeria japonica D.Don)
were selected for this research. The lamina was 30 mm
thick, 190 mm wide, and 1,800 mm long with an average
moisture content of 10%. MUF resins were mixed with
wheat flour and ammonium chloride as extender and
hardener, respectively. And MUF and PRF resins were
spread at 170 g/m2 on the surface of each lamina.
2.2 Characterization of MUF resins

R300). By using the gated decoupling method to
minimize the nuclear Overhauser effect, about 20,000
scans were accumulated to obtain reliable spectra.
2.3 FABRICATION OF PLYWOOD
Prior to fabricating Glulam, we prepared 3-ply plywood
using Radiata pine veneers to screen MUF resins with
different melamine contents. Glue-mix of the MUF resins
with different melamine contents was spread on the
surface of veneers, and then were cross-laminated. The
assembled veneers were cold pressed for 1 hour at room
temperature, and then hot-pressed at 120C for 4 minutes
under 8 kgf/cm2 pressure.
2.4 ADHESION STRENGTH OF PLYWOOD
As a way of screening MUF resins with different
melamine contents, tensile shear strength of the plywood
specimen as shown Fig. 1 was determined according to a
standard procedure (KS F 3729). In other words, the
plywood specimens were treated in boiling water for four
hours, and then dried for 20 hours at 60C to determine
water resistance of the sample.

- Non-volatile Solids Content and pH
About 1 g of MUF resin was poured into a disposable
aluminum dish, and then dried in a convective oven at
105C for 3 hours. Non-volatile solids content was
determined by measuring the weight of MUF resin before
and after drying. An average of three replications was
presented.
- Viscosity
The viscosity of UF resin adhesives at 25C were
measured using a cone-plate viscometer (DV-II ＋ ,
BROOKFIELD, USA) with no. 2 spindle at 60 rpm.
- Gel time measurement
The gel time of MUF resins was measured by adding 3 wt
% ammonium chloride (NH4Cl) (20 wt % solution) as
hardener at 100°C, using a gel time meter. The
measurements were done using a gel time meter
(Sunshine, USA) with three replications for each MUF
resin with different melamine contents.
- DSC measurement
A DSC (TA Q10, TA Instrument, New Castle, DE) with
high-pressure cells was used to evaluate curing behaviors
of MUF resins synthesized at four heating rates such as
2.5, 5, , and 20°C/min. About 3_5 mg of the MUF resins
was weighed in the high-pressure cell prior to scanning
with at least two replications per sample. For each sample,
the peak temperature (Tp) was used to calculate activation
energy (Ea). A multi-heating rate scan method was used
to calculate the Ea of MUF resins.
- 13C-NMR Spectroscopy
The prepared liquid MUF resins were dissolved in
deuterated dimethyl sulfuroxide (DMSO-d6) as a solvent
for 13C-NMR spectroscopy. The 13C-NMR spectra were
obtained with 9.5 seconds pulse width (30) and a pulse
delay of 4 seconds, using 300 MHz model (Bruker AMX-

Fig. 1 The specimen geometry for tensile shear strength
test for 3-ply plywood
2.5 FABRICATION OF GLULAM
As shown in Fig. 2, the HF heating system for
manufacturing Glulam is composed of dielectric heating
system to heat glue for cure and hydraulic press system to
press laminae. The targeted frequency for HF heating
oscillator was set as 5 MHz and the output power was set
as 60 kW. Using the HF system, glulam was
manufactured with five laminae of 30×190×1,800 mm to
manufacture 150×190×1,800 mm glulam. To equalize
dielectric heating under constant electric field, the glued
laminae were arranged in the center of the press and
polyethylene (PE) plates were filled in the remaining area
of press. The glued laminae were pressed with 10 kgf/cm2
pressure. Then the bonding lines were heated by HF
oscillator. The applied oscillating conditions was set as 2
A of anodic current capacity, 10 min. of applied time and
10 min. of cooling.
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Fig. 2 Schematic diagram of the HF heating system for the
glulam manufacturing
Temperature change at bond-line and lamina was
measured when the Glulam was being fabricated using a
thermocouple. Fig. 3 shows the location of temperature
measurement at the bond-line using a fiber optic
thermocouple.

Fig. 4 Non-volatile solids content of MUF resins prepared
two different methods.

Fig. 3 Schematic diagram of measuring temperature at the
bond-line, using a fiber optic thermocouple.
2.6 BONDING PERFORMANCE OF

GLULAM

In order to determine bonding the performance of Glulam,
we measured shear block strength, water soaking
delamination, and boiling water delamination of the
Glulams prepared. The shear block strength was tested
according to the standard procedure (KS F 3021, 2013),
while two types of delamination testes were done by the
procedure of the standard (KF F 2160, 2008).

Fig. 5 Viscosity of MUF resins prepared by two different
methods.

3 RESULTS
3.1 PROPERTIES OF MUF RESINS
MUF resins prepared by two methods showed quite
contrasting results for the resin solids, viscosity, and gel
time. As the melamine content increases, the non-volatile
solids content of MUF resins increased for the reins
prepared by the one-step method while it did not change
much for those prepared by the two-step method (Fig. 4).
In addition, the viscosity of MUF resins prepared by onestep method decreases while those of two-step method
MUF resins increases (Fig. 5). However, the gel time of
MUF resins decreased with an increase in the melamine
content, regardless of the preparation method (Fig. 6).
This results indicate that the reactivity of MUF resin
increases with an increase in the melamine content.

Fig. 6 Gel time of MUF resins prepared by two different
methods.
As shown in Fig. 7, the activation energy of MUF resins
increased up to 30% melamine content and then decreased
further addition of melamine level. The activation energy
is a minimum energy level of MUF resin to start its curing
reaction. Thus the result suggest that a heterogeneity of
MUF resin is reduced with an increase in the melamine
content.
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C-NMR spectrum of MUF resins with 50%
melamine prepared by the one-step method.

Fig. 10 Change of the viscosity of the one-step MUF resin
with 50% melamine content as a function of
storage time at room temperature.
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Fig. 7 Activation energy of MUF resins prepared by two
different methods.
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Figs. 8~9 shows 13C-NMR spectra of MIF resins with
50% melamine contents. The MUF resin prepared by the
one-step method displays methylene bridges and
hydroxymethyl groups. An interesting chemical shift of
the two-step MUF resin is that it contains free
formaldehyde peak at around 90 ppm. This could be due
to the free formaldehyde in either UF or MF resin after its
synthesis.
Fig. 10 shows the change of viscosity of the one-step
MUF resin as a function of storage time. As expected, the
viscosity gradually increased with the elapsed time. After
seven days, the viscosity rapidly increased. This result
indicates that the one-step MUF resin should be used
within a week for the Glulam production.
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3.2 PROPERTIES OF PLYWOOD

Fig. 8

13

C-NMR spectrum of MUF resins with 50%
melamine prepared by the one-step method.

As shown in Fig. 11, the result of tensile shear strength of
plywood is quite interesting. As the melamine content
increases, the MUF resins prepared by the two-step
method decreases and then increases. By contrast, tensile
shear strength of plywood bonded with one-step MUF
resin consistently increases with an increase in the
melamine content. One interesting point is the fact that the
tensile shear strength of the one-step MUF resin is much
greater than that of the two-step MUF resin at the same
50% melamine content. This result suggest that MUF
resin prepared by the one-step method show better water
resistance than the one of the counterpart at 50%
melamine content. So, we selected the one-step MUF
resin with 50% melamine for the fabrication of Glulam to
compare with commercial PRF resin.
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Fig. 11 Tensile shear strength of plywood bonded with
MUF resins that have been prepared by two
different synthesis methods.
3.3 TEMPERAURE PROFILES OF GLULAM
In order to understand HF heating, we measured
temperature profiles at bond-line of Glulam made of
Japanese larch. As shown in Fig. 12, the temperature at
the bond-line rapidly increased at the initial stage of HF
heating, resulting from a rapid heating of water in the
MUF resin at the bond-line. However, temperature at the
lamina gradually and slowly increased as the HF heating
time increased. This is quite natural because the lamina
contains much less water that in the bond-line.
Fig. 13 also shows temperature profiles of Glulam made
of four different softwood species. The maximum
temperatures at the initial HF heating were relatively
lower for Glulam made of Korean pine, Japanese cedar,
and Korea red pine than that of the one made of Japanese
larch. It is not clear which factors influence to make this
happen, which deserves further study. However, higher
temperature at the bond-line is expected to accelerate the
curing of MUF resin under HF heating. Thus, block shear
strength of the Glulam seems closely related to the
maximum temperature at the bond-line as shown Fig.
14~15.

Fig. 13 Temperature profile at the bond-line of Glulam
made of different softwood species during HF
heating
3.4 PROPERTIES OF GLUELAM
In order to evaluate adhesion performance of Glulam,
block shear strength and two types of delamination tests
were done for all Glulam prepared with different
softwood species in this work, and the results were
displayed in Figs. 14~15. All block shear strengths of
Glulam bonded with the one-step MUF resin with 50%
melamine content were above the requirement level (Fig.
14). The block shear strength was the highest for the
Glulam made of Japanese larch. This is believed to be
related to the maximum temperature at the bond-line
under HF heating as shown Fig. 13. And block shear
strength decreased in the order of Korean red pine, Korean
pine, and Japanese cedar. Block shear strengths of
Glulam boned with commercial PRF resins were
presented in Fig. 15. As expected all block shear strengths
satisfied the standard requirement level for each wood
species. And they are greater than those of Glum bonded
with the one-step MUF resin with 50% melamine content.

Fig. 14 Block shear strength of Glulam bonded with onestep MUF resin.
Fig. 12 Temperature profile at lamina and bond-line of
Glulam during RH heating.
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Fig. 15 Block shear strength of Glulam bonded with
commercial PRF resin.
In addition, we also conducted the delamination tests in
water soaking and boiling water soaking to determine
water resistance of the Glulam. Figs. 16~17 show results
of the delamination tests. Delamination test results of
Glulam bonded with MUF resins are presented in Fig. 16,
showing that all delamination percentages of the Glulam
are above the requirement level (below 5%) of the Korean
standard except the Glulam made of Korean Red Pine. In
addition, the Glulam made of Korean pine and Japanese
cedar resulted in lower delamination percentage than the
one of Japanese larch.
The delamination percentage of Glulam made of Korean
Red Pine did not satisfied the standard requirement. Even
many factors such as wood factors, processing factors, or
wood-adhesive interaction factors did influence to the
bonding of Glulam made of Korean Red Pine. We
believed that the resin canal present in Korean Red Pine
might had influenced the bonding performance of the
Glulam. In order to confirm the impact of resin canal
present in Korean Red Pine, we mixed a commercial rosin
with the MUF resin with 50% melamine content to
measure the gel time as a function of rosin content. The
results are presented in Fig. 18. As expected, the gel time
of MUF resin increased as the rosin content increased.
This result help explaining why the Glulam made of
Korean Red Pine does not satisfy the delamination
percentage of the standard requirement.

Fig. 16 Delamination percentage of glulam bonded with
one-step MUF resin after water soaking and
boiling water soaking test.

Fig. 17 Delamination percentage of glulam bonded with
commercial PRF resin after water soaking and
boiling water soaking test.

As a comparison, the delamination test results of Glulam
bonded with the commercial PRF resins also showed that
all Glulam had lower delamination percentage than the
standard requirement level. And the delamination
percentage are much lower than those of Glulams bonded
with MUF resins, regardless of softwood species.

Fig. 18 The gel time of MUF resins with 50% melamine
content as a function of a commercial rosin content.
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4 CONCLUSIONS
This study attempted to formulate MUF resins with
various melamine contents in two different preparation
methods, and to manufacture Glulam of four different
softwood species using MUF resins prepared. The results
showed that properties of MUF resins such as solid
content, viscosity, and gel time heavily depended on the
melamine content level. The adhesion performance of
plywood made it possible to select MUF resin with 50%
melamine with acceptable water resistance for the
fabrication of Glulam. When one-step MUF resin with
50% melamine content was applied for manufacturing
Glulam using HF heating system, all block shear strengths
satisfied the standard requirement level. All delamination
percentages of Glulam after water soaking and boiling
water soaking test was also above the requirement level
except the one made of Korean Red Pine. These results
indicate that MUF resin with 50% melamine content can
satisfy the adhesive performance level of exterior grade
Glulam, except the one made of Korean Red Pine. A poor
adhesion of the Glulam made of Korea Red Pine was
ascribed to the presence of resin canal, which increased
the gel time of MUF resin.
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PLANING QUALITY OF GLULAM LAMELLAE AND ITS IMPACT ON
BONDING QUALITY AND FRACTURE SURFACE CHARACTERISTICS
Gerhard Grüll1, Anton Wegscheider1, Johannes Konnerth2, Alfred Teischinger2,
Andreas Neumüller1
ABSTRACT: The surface quality of spruce wood lamellae produced in industrial plants and its impact on bonding
quality was investigated comparing the two planing technologies "conventional or peripheral planing" and "face
milling". Clear differences in planing quality were found with rougher and more fibrous surfaces as well as more wood
cell deformations at the surfaces obtained by face milling. This led to slightly smaller shear strengths of glue lines and
differences in wood fracture patterns from longitudinal shear tests and delamination trials.
KEYWORDS: glulam, planing, adhesive, shear strength, fracture pattern, delamination

1 INTRODUCTION 12
The technical development in the production of load
bearing glued timber elements was enormous during the
last decade. On the one hand, planing techniques were
improved considerably to obtain a better surface quality
and precision of dimensions. On the other hand, new
adhesive systems were developed which are very
flexible in spreading rate and time of pressing.
The two planing technologies most established in
industry are "conventional or peripheral planing" with
cylinder shaped tools with their axis parallel to the
machined surface and "face milling" with disk shaped
tools with their axis perpendicular to the surface [1, 2].
These technologies differ considerably in cutting
mechanics, where conventional planing produces cutting
forces into the planed surface and face milling mainly
into waste material [3].
The present study investigated the surface quality of
spruce wood lamellae produced in industrial plants with
these two planing technologies and its impact on
bonding quality.

2 MATERIAL AND METHODS

planing planks were taken after 13,000 m and 220,000 m
of planed wood. From face milling planks were taken
after 220,000 m and 808,000 metres.
2.2 SURFACE QUALITY ASSESSMENT
Surface roughness measurements were carried out using
a stylus profilometer (Taylor Hobson Form Talysurf
Series 2) with a cut off length of 2.5 mm with at least
four measurements on each surface longitudinal and
perpendicular to the grain. Measurements were carried
out predominantly in early wood areas.
Surfaces and cross sections of the planed lamellae were
prepared for and observed under a scanning electron
microscope (SEM). Wood cell deformations were
quantified on cross sections with equal lengths in SEM
micrographs as deformed area in mm2. For this
micrographs of cross sections of planed wood surfaces
with 20-times magnification were taken in the SEM. On
these images the compressed areas of the cross sections
on a length of about 6 mm were quantified using digital
image analysis by manually setting a polygon line and
measuring the area of compressed parts of the cross
sections (Figure 1).

2.1 SAMPLE PREPARATION
Face milling and conventional planing was done under
industrial conditions using raw glulam lamellae of
spruce wood (Picea abies (L.) H. Karst). Face milling
was performed with 120 m/min infeed speed and
approximately 1-2 mm cutting depth. The conventional
planing treatment was performed with 180 m/min infeed
speed and 2-3 mm cutting depth. For each planing
process, two different tool life times were examined. For
each life time four planks were planed which were cut
into different specimens afterwards. From conventional
1
2
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Figure 1: Measurement of area of compressed cross section on
micrograph with 20-times magnification using a polygon line
in digital imaging
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2.3 BONDING QUALITY TESTING
Samples taken from the planed lamellae were bonded
using a laboratory press and four types of adhesives for
industrial use (PUR, MUF-1, MUF-2, MUF-3) with
respect to technical specifications given from the
manufacturer according to the bonding parameters
displayed in Table 1. For the two component MUF
adhesives mixed application was used. From these
specimens samples for longitudinal tensile shear tests
according to EN 302-1 were produced and tested. Before
testing the test pieces were conditioned at 20°C and 65%
relative humidity.
Table 1: Bonding parameters
Adhesive

PUR
MUF-1
MUF-2
MUF-3

Mixing ratio
Adhesive
(resin/hardener) spread
Parts by weight
100/100
100/60
100/40

g/m²
150
250
270
240

Open
assembly
time
min
<5
<5
<5
<5

Closed
assembly
time
min
15
30

Pressure

Press time

MPa
0.8–1.0
0.8–1.0
0.8–1.0
0.8–1.0

min
45
70
110
220

The test pieces of glulam beams were taken from normal
production runs from companies using both face milling
and conventional planing technique. On these samples
delamination tests were performed according EN
14080:2013, Annex C, Method A to test glue line
integrity of laminations in glued laminated timber.

fibres showed a deflection, presumably in the direction
of the cutting motion of the tool (Figure 4). These
surfaces showed no significant differences when
comparing the tool life time. Also with fresh tools the
surfaces had a dense fibre layer, especially in the early
wood zones, and somewhat smoother areas in the
latewood. These structures were observed in conjunction
with tear-outs and compressions of the cell structure,
especially in the early wood areas close to the surface.
They were recognizable also in the middle and end of the
service life of the tool. The extent of compressions must
therefore be dependent on other factors that were not
included in the sample selection. It can be concluded,
however, that face milling brings a higher risk for
compressions and deformations at the wood surface
compared to conventional planing. This was
characterized by rougher and more fibrous surfaces with
numerous tear-outs, in particular in the early wood
zones.
On the conventionally planed surfaces no fibre layer was
evident and the structural features of coniferous wood
were very clean exposed and cut so that open tracheids
with pits were visible (Figure 4).

2.4 FRACTURE SURFACE
CHARACTERISATION
From the samples tested in tensile shear tests those with
fracture close to or at the bond line were selected and
prepared for the SEM. They were observed in top view
on the fracture surface and also cross sections of both
crack sides were analysed (Figure 2).
Figure 3: View on surface of planed spruce wood; left:
conventional planing; right: face milling (bar=1 mm)

Figure 2: Sample preparation from tensile shear test
specimens for observations of fracture patterns in top view
(left) and cross section (right)

From glulam beams subjected to delamination tests
selected areas of bond lines were prepared in cross
sections for microscopic observations in the SEM.

3 RESULTS AND DISCUSSION
3.1 PLANING QUALITY OF LAMELLAE
In electron microscopic studies of the wood surfaces,
produced with the two planing technologies marked
differences were already evident in the overview.
Surfaces produced with face milling technique showed a
significantly rougher topography with a distinct
occurrence of fibre bundles on the surface whereas
surfaces produced with conventional planing were
smoother and cut in a way that the anatomical structures
of the wood were clearly visible (Figure 3). The fibre
bundles produced by face milling were anchored at one
end in the wood structure. The free ends of the wood

Figure 4: Detailed view on surface of planed spruce wood;
left: conventional planing; right: face milling (bar=100 µm)

The Microscopic observations were confirmed by
surface roughness measurements (Table 2). Figure 5
shows the difference in surface roughness rz between
face milling and conventional planing in longitudinal
direction and transverse to the wood grain direction, at
comparable tool life time. Aside from the extreme values
and outliers, the average surface roughness rz of the
surfaces produced by face milling was about twice as
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high as the roughness achieved with conventional
planing. This was true for both directions, longitudinally
and transversely to the grain. The standard deviation was
doubled with face milling in contrast to conventional
planing. With tool life time roughness and waviness rose
in a significant degree with face milling while in
conventional planing the roughness remained almost
identical when comparing the examined life times
(Figure 6).
Table 2: Results of surface roughness measurements
Machine
treatment

Tool
lifetime

planing

rm
13.000
220.000

face milling

216.000
808.000

Roughness
parameter

n

Ra
Rz
Wa
Ra
Rz
Wa
Ra
Rz
Wa
Ra
Rz
Wa

48
48
48
48
48
48
32
32
32
32
32
32

mean (sd)
longitudinal
direction
µm
3.9 (1.4)
25.1 (8.8)
6.5 (1.9)
3.8 (1.1)
25.1 (8.4)
6.3 (1.8)
8.4 (2.5)
48.6 (16.6)
10.5 (4.4)
12 (3.7)
64.2 (21.7)
17.3 (8.2)

mean (sd)
transverse
direction
µm
5.1 (1.7)
34.2 (10.1)
4.8 (1.9)
5.1 (1.1)
35.2 (7.2)
4.1 (1.3)
10.8 (2.8)
67.1 (17.7)
10.1 (3.6)
15.3 (3.7)
88.1 (22.7)
16.8 (5.8)

Figure 5: Surface roughness rz in measured in longitudinal
(left) and transversal direction to the grain on surfaces at
comparable tool life time

In face milling, the cutting tool moves in a transverse
direction to the wood fibres. Due to the low transverse
tensile strength of the wood small parts are pulled out
(mainly in the early wood) in this milling process,
leading to a rougher surface. On radially cut surfaces
these ruptures are concentrated primarily on the
transition between early and late wood at the growth ring
borders. Over the tool life time the tool blades wear out
leading to larger splinters and increasing surface
roughness. In addition, the tip of the tool leaves its marks
on the surface. If individual cutting blades are damaged
(damage over the tool life time) deeper scratches and
grooves occur. Here it must be mentioned that the tool
life time of more than 800,000 running meters face
milling studied in this work is very high.
On the cross sections of surfaces produced with face
milling the fibre layer and compressions of the wood cell
structure close to the surface were clearly visible to a
varying extend but without an obvious relation to tool
life time (Figure 7 and Figure 8 right). On
conventionally planed specimens (Figure 7 and Figure 8
left) very smooth surfaces with hardly any fibre layer
and compressions of the cell structure were found. No
significant differences were identified in the surface
structure between early and late wood. Likewise, the tool
life time showed no obvious impact on the planing
quality.

Figure 7: Cross section of planed surface of spruce wood; left:
conventional planing; right: face milling with deformations of
wood cells; fresh tool

Figure 8: Cross section of planed surface of spruce wood; left:
conventional planing with deformations of wood cells; right:
face milling; end of tool life time

Figure 6: Surface roughness rz in measured in longitudinal
direction to the grain on surfaces, influence of tool life time

These differences in surface characteristics coincide with
the findings of earlier studies [4, 5, 6]. Hernandez and
Cool [6] found that by increasing feed speed in face
milling roughness, the level of fibrillation, the level of
subsurface damage and the wetting properties are
increased. In their study the feed speed was far lower as
in the present work, where samples were produced in full
scale industrial plants. Regarding the influence of tool
life time Kläusler et al. [4] reported on the negative
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effect of dull planing knifes but for face milling no
reference was found in literature.

area of compressions in wood cells [mm²]

3,0

2,5
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end

conventional planing

begin

middle

end

face milling

Figure 9: Area of cross sections with compressions of wood
cells in comparison of planing technologies and tool life time

In Figure 9, an evaluation of the compressions of the
surfaces by a quantitative indication of the compressed
cross section is shown. It can be seen that with face
milling samples with intense compressions were found
frequently and a lower amount of compressions was
observed in samples from conventional planing. No clear
effect of the tool life time (begin - middle - end) on the
formation of compressions in the wood was recognized.
With face milling more compressed wood surfaces were
found in the areas with flat sawn annual rings while
lower compressions on the same sample were present in
areas with about 45 ° growth ring orientation to the
surface.
3.2 BONDING QUALITY
Figure 10 shows the tensile shear strength together with
wood failure percentages of the two planing
technologies. For a sample size of 80 and comparable
wood densities the tensile shear strengths with
conventional planing of 7.8 N/mm² on average were
higher than those obtained with face milling with 6.7
N/mm². The same result was obtained when tensile shear
strengths at similar tool life were compared. The tensile
shear strength for face milling with an average of 7.3
N/mm² was lower than the one of conventional planing
with 8.3 N/mm². There were no consistent differences in
tensile strength between the planing technologies for the
individual adhesives used (Figure 10). At the comparable
tool life time of ca. 220,000 running meters it was equal
for the adhesives PUR, MUF-2 and MUF-3 with
lamellae produced by the two planing techniques. Only
with one of the four adhesives (MUF-1) smaller strength
values were obtained with lamellae produced by face
milling, which is responsible for the small differences in
mean values for the whole sample described above.

Figure 10: Tensile shear strength (top) and wood fracture
percentage (bottom) of bond lines tested according to EN 3021 for individual adhesives, planing technologies and tool life
times, n=10

It can be concluded that no practically relevant
difference is evident if the strengths at comparable
periods of tool life time are considered. Only at the end
of tool life at around 800,000 running meters with the
face milled surface lower tensile shear strengths were
observed. This may be due to blunting of the knifes.
Also the wood fibre fracture proportion of the shear
planes is remarkable. The face milled surfaces yielded
by tendency higher wood fibre fracture proportions with
a trend to lower strengths.
3.3 FRACTURE SURFACE CHARACTERISTICS
All microscopically observed fracture surfaces of tensile
shear tests showed wood fracture and only very small
portions of fracture along the glue lines. On most
samples there was at least a fibre layer of wood
remaining on the glue line. The pattern of fracture
surfaces was significantly different between the two
planing techniques. Samples from conventional planing
showed long fibres on early wood fracture surfaces and
fracture along anatomic structures in the late wood
whereas on samples from face milling only short fibres
were visible and anatomic wood structures were
obscured (Figure 11). In Figure 12 the rare case of
fracture within the bond line is depicted and it can be
seen that this fracture pattern preferably occurred at late
wood regions in the annual rings.
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The different occurrence of samples from face milling is
shown in Figure 15 and Figure 16. Here it was
characteristic that wood portions sticking to the glue
lines showed cell deformations as they were observed on
cross sections of the surfaces after planing. Fracture lines
were closer to the bond line in late wood areas in the
same manner as observed with the samples from
conventional planing. Here it resulted in a wave-like
pattern of the fracture path related to the growth rings.
Figure 11: Fracture surface of tensile shear samples; left:
conventional planing; right: face milling (bar=100 µm)

Figure 15: Cross section of fractured tensile shear samples
made of face milled lamellae, PUR adhesive
Figure 12: Fracture surface of tensile shear sample showing
fracture within the bond line in late wood zones; left: overview
(bar=1 mm); right: detail (bar=100 µm)

The corresponding cross sections revealed fracture paths
deeper into the wood in early wood and closer to the
glue line in late wood (Figure 13 and Figure 14). The
rare case of fracture within the bond line is shown in
Figure 14 again in the vicinity of late wood. On samples
from conventional planing long fibres were visible,
which seemed to be pulled out and thereby absorbed
energy during shear fracture.

Figure 16: Cross section of fractured tensile shear samples
made of face milled lamellae, PUR adhesive; detail

In Figure 17 and Figure 18 a rare case is documented
where a jump of the fracture surface over the bond line
from one lamella to the other one was observed, and this
has occurred in a region were growth ring borders were
present in both wood specimens.
Figure 13: Cross section of fractured tensile shear samples
made of conventionally planed lamellae, PUR adhesive

Figure 14: Cross section of fractured tensile shear samples
made of conventionally planed lamellae, PUR adhesive; detail

Figure 17: Cross section of fractured tensile shear samples
made of conventionally planed lamellae, MUF adhesive
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adhesive distribution. At locations with sufficient
adhesive wetting wood failure in early wood occurred
whereas delamination was evident where the adhesive
was not sufficiently spread.

Figure 18: Cross section of fractured tensile shear samples
made of conventionally planed lamellae, MUF adhesive, detail

The microscopic examination of the fracture surfaces of
the tensile shear samples have shown that under the
given processing parameters a very good anchoring of
the adhesives on the wood is present, because the
fracture lines were mostly situated in the wood and
adhesive fracture occurred rarely. Fractures within the
bond line occurred preferably in latewood areas, because
they have a higher stiffness compared to the early wood,
thereby reducing the probability of wood fracture. The
stronger deflection of the fracture paths from the bond
lines into the early wood areas can be explained on one
hand by the lower stiffness of the early wood. On the
other hand, it can be assumed that in particular on the
face milled surfaces a higher amount of deformations
and compressions in the early wood led to deeper
penetration of the fracture paths into the wood. Through
these compressions and deformations in the region of the
adhesive joint, a “mechanical Weak Boundary Layer" [8]
is present, i.e. an area where a greater probability of
fractures around the adhesive joint. This was confirmed
by the study of fracture patterns of delamination samples
from glulam beams. With conventional planing it can be
assumed that this region is more closely situated around
the bonded line.
In the microscopic evaluation of bond lines in glulam
beams after delamination tests the influence of
compressions in the wood on the fracture path was
pointed out. The fracture pattern in Figure 19 was
strongly influenced by compressions in the early wood.
The seemingly delaminated region showed clearly a
layer of fibres consisting of deformed early wood cells in
the microscopic cross section. At the growth ring border
there was a deflection of the fracture path into the
compressed early wood.
Figure 20 shows a clear delamination of the bond line
and a deflection of the fracture in the early wood with
small compressions at the growth ring border. An
example of pure wood fracture without opening of the
bond line is shown in Figure 21. Here also the fracture
pattern was deflected in the region of compressions in
the wood. Figure 22 shows a delamination of the bond
line in an area without compressions in the wood. Here
the fracture pattern was mainly influenced by the

Figure 19: Fracture pattern on delamination sample;top:
macro with position of SEM-image; bottom: micrograph; wood
fracture caused by deformations due to planing

Figure 20: Fracture pattern on delamination sample; top:
macro with position of SEM-image; bottom: micrograph;
delamination of bond line and deflection of crack into the early
wood with minor deformations at the growth ring border

Figure 21: Fracture pattern on delamination sample; top:
macro with position of SEM-image; bottom: micrograph;

WCTE 2016 e-book | 485

intact bondline, wood fracture deflected by deformations in the
wood tissue (arrow)

wood which formed a “mechanical Weak Boundary
Layer". With conventional planing it can be assumed
that this region is more closely situated around the
bonded line.
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4 CONCLUSIONS
Microscopic evaluations of industrial planing quality on
spruce wood resulting from the planing technologies
"face milling" and "conventional planing" highlighted
the differences between the two processes. Both
technologies were applied with very high infeed speed in
full scale industrial production.On face-milled lamellae
rough and fibrous surfaces were found and in contrast
conventional planing produced a more defined cut with
smoother surfaces. There was no clear consistency
detected in the frequency and the extent of compressions
in the wood with the life time of the tools.
Substantially higher roughness values were measured for
face milling in both directions, longitudinal and
transverse to the grain. The surface roughness for face
milling was on average about twice as high as the
surface roughness for conventional planing.
In tensile shear strengths no practically relevant
difference was evident. For three of the four tested
adhesives it was equal with lamellae produced by the
two planing techniques. Only with one MUF-1 adhesive
smaller strength values were obtained with lamellae
produced by face milling.
The microscopic examination of the fracture surfaces of
the tensile shear samples have shown that under the
given processing parameters a very good anchoring of
the adhesives on the wood is present, because the
fracture lines were mostly situated in the wood and
adhesive fracture occurred rarely. Fractures within the
bond line occurred preferably in latewood areas. The
stronger deflection of the fracture paths from the bond
lines into the early wood was often related to a higher
amount of deformations and compressions in the early
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IMPACT OF COLD TEMPERATURES ON THE SHEAR STRENGTH OF
NORWAY SPRUCE & SCOTS PINE JOINTS WITH DIFFERENT GLUES
Xiaodong (Alice) Wang1, Olle Hagman2, Bror Sundqvist3, Sigurdur Ormarsson4,
Hui Wan5, and Peter Niemz6
ABSTRACT: As wood construction increasingly uses engineered wood products worldwide, concerns arise about the
integrity of the wood and adhesives used. Bondline strength is a crucial issue for engineered wood applications,
especially in cold climates. In this study, the impact of cold temperatures on the shear strength of Norway spruce (Picea
abies) and Scots pine (Pinus sylvestris) joints (150 mm x 20 mm x 10 mm) bonded with seven commercially available
adhesives was studied. The cold temperatures investigated were: 20, -20, -30, -40, -50, and -60 °C. Generally, within
the temperature test range, temperature changes significantly affected the shear strength of solid wood and wood joints
for both species. As the temperature decreased, the shear strength decreased. PUR adhesive in most cases resulted in the
strongest shear strength and MUF adhesive resulted in the weakest. But different adhesives responded differently with
Norway spruce and Scots pine.
KEYWORDS: Wood construction, Engineered wood, Adhesives, Shear strength, Cold temperatures

1 INTRODUCTION 123
The use of engineered wood products has increased in
the building industry worldwide. Engineered wood
applications, such as glued-laminated timber (glulam),
laminated veneer lumber (LVL), and cross-laminated
timber (CLT) in bridges are also common in Europe and
North America. Concerns have arisen about the adhesive
qualities and bondline integrity of these engineered
wood products, which require that the adhesive joints in
the engineered wood products are as strong and durable
as the wood itself. This issue is important in regions such
as Scandinavia, Greenland, the Alps, Canada, Alaska,
Russia, Mongolia, northern China, and northern Japan.
Wooden constructions in these areas are frequently
exposed to low temperatures for a large portion of each
year. As a result, the strength properties of the
engineered wood products may be temporarily or
permanently affected by both low temperatures and
significant temperature changes. However, thermal
effects are usually not considered in the design and
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estimation of the service lifetime of wooden
constructions.
The influence of cold temperature on wood’s mechanical
properties has been studied since the 1960s. It is known
that as wood is cooled to below-normal temperatures, its
mechanical properties tend to increase [1–6]. These
studies found that wood’s modulus of elasticity,
compression, and bending strength was significantly
increased with decreasing temperature. However, the
shear strength of wood has rarely been studied at low
temperatures; only Yu and Östman (1983) [7] have
investigated the tensile strength properties of particle
boards between −15 and 45 °C.
For engineered wood, there are concerns not only about
the wood itself, but also adhesives and the joints between
the adhesives and wood, specially their behaviours after
many years. Egner and Kolb (1966) [8] investigated on
the ageing of glues for supporting structural wooden
elements. After that in 1990s, Deppe and Schmidt (1994)
[9] made the additional tests for the ageing behavior of
filled gluleline products. Raknes (1997) [10] reported the
durability if structural wood adhesives after 30 years
ageing. More recently, Radovic and Rothkopf (2003)
[11] demonstrated the suitability of 1-compoment PUR
adhesives for wood construction, taking into account 10
years of experience.
Wood and adhesives have different properties.
Therefore, the interaction between wood and adhesive
were studied, especially when the bonded wood products
were exposed to high temperatures. For example, the
performance of bondlines at elevated temperatures has
been reported [12-14]. With increased temperature, the
shear strength of solid wood and glued wood joints
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decreased [14]. There were significant differences in the
thermal stability and failure behaviour between different
adhesive systems. However, not much information is
available on the strength of bondlines at low
temperatures, especially under extremely cold
conditions, and only some studies have been conducted
on timber bridges in cold climates [15-17]. Therefore,
understanding the effect of temperature on strength
properties is very important if the engineered wood
products are used for construction applications in which
they are subjected to low temperatures and significant
temperature changes.
The objective of the study was to determine the effect of
low temperatures (20 to -60 °C) on the shear properties
of Norway spruce and Scots pine wood and glued joints.
Seven commercially available adhesives were tested at
the selected temperatures according to the test protocol
provided in EN 302-1 (2011) [18].

2.2 METHODS
The production of specimens for Norway spruce and
Scots pine were prepared using the same methods as
described in EN 302-1 (2011) [18]. The bonded samples
were cut into specimens with dimensions of 150 mm x
20 mm x 10 mm, according to EN 302-1 (2011) [18]
(Fig. 1). To obtain a reference value for the strength of
the glued specimens, non-glued solid wood specimens
with the same dimensions were tested. These specimens
were prepared according to the requirements of EN 3021 (2011) [18].

2 MATERIALS AND METHODS
2.1 MATERIALS
Norway spruce (Picea abies) and Scots pine (Pinus
sylvestris) samples with an average oven-dried density of
450 and 473 kg/m3 respectively, and moisture content
(MC) of 12 ± 1% were used. The growth ring angle
(angle between growth rings and glued surface of the
specimen) of the wood was between 30 and 90°.
The adhesives used in this experiment were:
• One-component polyurethane adhesive (PUR)
• Poly(vinyl acetate) adhesive (PVAc)
• Emulsion-polymer-isocyanate adhesive (EPI)
• Melamine-formaldehyde adhesive (MF)
• Melamine-urea-formaldehyde adhesives
(MUF1 and MUF2)
• Phenol-resorcinol-formaldehyde adhesive
(PRF)
The pressure, pressing time were used, and the adhesive
amount was applied according to the adhesive suppliers’
and
engineered
wood
products
companies’
recommendations. Table 1 demonstrates the adhesive to
hardener ratio and operational parameters recommended
by the adhesive manufacturers. Although PVAc adhesive
is not currently used for the production of load bearing
constructions, the adhesive industry is trying to develop
PVAc adhesive with crosslinker for structural
applications. All manufacturers recommend a one-side
application with a spread per side of 200 g/m2.

Figure 1: Schematic of a tested sample (adapted from EN 3021 (2011) (Fig. 2(a)) [19].

To investigate the influence of temperature on shear
strength, 15 specimens of each test set were tempered in
a special climate chamber (Vötsch industrietechnik vcv
7120-5) (at the Department of Civil Engineering at
Technical University of Denmark) for 12 hours at 20, 20, -30, -40, -50 and -60 °C, respectively. The tests were
executed on the universal testing machine in the climate
chamber at the designed temperature for Norway spruce
and Scots pine (Fig. 2). The tests were performed in a
position-controlled model with a feed speed of 2
mm/min.

Table 1. Adhesives and Optimal Gluing Process Information
According to the Manufacturer (Wang et al. 2015) [19].
Adhesive

Adhesive:
Hardener
Ratio

EN301/302
EN 15425
certification

PUR
PVAc
EPI
MF
MUF1
PRF
MUF2

--100:15
100:100
100:20
100:15
100:100

√
--√
√
√
√

Wood
Moisture
Content
(%)

≥8
7-10
8-15
≈12
≈12
≈12
≈12

Bonding
Pressure
(MPa)

Pressing
time
(Minutes)

Temp.
(oC)

0.3
0.3
0.3
0.3
0.3
0.5
0.5

30
30
30
70
15
60
120

20
20
20
20
90
40
20

Figure 2: Climate chamber, shear test machine, and test
specimens

SEM analyses of bondlines were carried out on small
sample blocks (ca. 3 mm × 3 mm × 7 mm) using a JSM5200 (JEOL, Japan) electron microscope operated at an
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accelerating voltage of 15 kV. Section blocks were
prepared on a sliding microtome (Reichert, Austria) and
sputter-coated with gold (DESK II Denton Vacuum,
USA) prior to SEM examination.

3 RESULTS AND DISCUSSION
3.1 IMPACT OF TEMPERATURE ON SHEAR
STRENGTH FIR EACH TYOE OF ADHESIVE
Presented in Tables 2 and 3, and Figure 3 and 4 are the
shear strength of Norway spruce and Scots pine
bondlines and control samples at different temperatures.
Generally, within the temperature test range, temperature
changes significantly affected the shear strength of solid
wood and wood joints for both species. As the
temperature decreased, the shear strength decreased.
PUR adhesive in most cases resulted in the strongest
shear strength and MUF adhesive resulted in the
weakest. But different adhesives responded differently
with Norway spruce and Scots pine.

shear strength. The shear strength was always higher
than 10 MPa at 20 to −50 °C, meeting the standard
requirement EN 301 (2013) [20], even though that
standard was made of beech wood with a density of 700
± 50 kg/m3.
Compared with Norway spruce, when subjected to
different temperatures, Scots pine did not show a clear
trend of decreasing shear strength as temperature
decreased. Further research is needed to determine the
reason for this.
Table 2. Shear Strengths (MPa) of Norway Spruce Joints at
Different Temperatures.
Temp./
Adhe
—sive

PUR

PVAc

EPI

MF

MUF
1

PRF

MUF
2

Solid
Wood

20 °C

10.9
(1.0)1
A2
10.8
(2.3)
A, B
10.2
(2.9)
A, B

9.6
(0.6)
A
8.1
(1.2)
B
8.2
(1.2)
B

10.0
(1.1)
A
8.3
(1.6)
B
8.3
(2.0)
B

9.8
(0.9)
A
9.4
(2.3)
A
8.1
(2.5)
A, B

8.4
(1.1)
X3
7.4
(1.2)
X
7.0
(1.9)
X

9.8
(1.0)
A
9.7
(1.8)
A
9.2
(2.0)
A, B

8.7
(0.7)
A
8.0
(1.1)
A, B
7.2
(1.9)
B, C

9.9
(1.5)
A, B
9.2
(1.3)
B, C
7.9
(1.4)
C
27.5

7.9
(1.9)
B
7.9
(1.8)
B
7.7
(1.1)
B
19.8

7.4
(1.5)
B
7.8
(1.4)
B
7.2
(1.5)
B
28.0

7.7
(1.4)
B
7.5
(1.2)
B
7.3
(1.7)
B
25.5

7.0
(2.2)
X
7.3
(1.6)
X
7.0
(0.7)
X
16.7

9.3
(1.4)
A, B
8.4
(1.7)
A, B
8.0
(1.4)
B
18.4

7.2
(1.3)
B, C
6.6
(0.9)
C
6.6
(1.3)
C
24.1

10.1
(0.9)
A
9.5
(1.1)
A, B
9.0
(0.9)
A, B,
C
8.7
(1.3)
B, C
8.8
(1.5)
B, C
8.0
(0.9)
C
20.8

-20 °C

-30 °C

3.1.1 Solid Wood Specimens
Spruce
As temperature decreased from 20 to -60 °C, the shear
strength of solid Norway spruce wood specimens
decreased from 10.1 to 8.0 MPa, a decrease of 20.8%,
indicating that temperature changes had a statistically
significant impact on wood shear strength. The shear
strength parallel to grain decreased significantly and was
lower than 10 MPa at -20 °C, thus not meeting the
standard requirement (EN 301) [20] that was made of
beech wood with density 700±50 kg/m3. This indicates
that the impact of low temperature on wood and wood
composite products needs further attention, and also
addressed to the effect of different wood species.
Statistically, shear strengths were categorized (based on
Duncan test) into three overlapping temperature sectors:
1) 20 to -30 °C, 2) -20 to -50 °C, and 3) -30 to -60 °C. In
Sector 1 at 20 °C, the solid wood shear strength was
significantly higher than that in Sector 2 at -40 and -50
°C, and the shear strength in Sector 3 at -60 °C. This
indicates that as temperature dropped, the solid wood
shear strength gradually decreased. This result is
different to findings from [3, 4] both of which used
different types of tests. Increasing strength with
decreasing temperature has also been found by other
researchers [1, 2, 5, and 6]. But they only specified an
increase of modulus of elasticity, compression and
bending strength with decreasing temperature. Shear
strength, however, has never been addressed at low
temperatures. Again, it indicates a further research need.
As many research papers have indicated that shear
strength is the key for engineered wood products, much
research is needed to focus on this important issue.
Pine
As the temperature decreased from 20 to −50 °C, the
shear strength of tested solid Scots pine wood specimens
decreased from 12.0 to 11.4 MPa. It dropped only 4.8%,
indicating that temperature changes had no statistically
different at the 0.05 significance level impact on wood

-40 °C

-50 °C
-60 °C

Total
shear
strengt
h
change
(%)4
1

Values in parentheses are sample standard deviations.
Values with the same capital letter in each column are not statistically
different at the 0.05 significance level.
3
Value X means not comparable due to software setup.
4
Total shear strength change (%)=(Shear Strength 20°C - Shear
Strength -60°C)/ Shear Strength 20°C*100.
2

Table 3. Shear Strengths (MPa) of Scots Pine Wood Joints at
Different Temperatures
Temp./
Adhesive

20 °C

-20 °C

-30 °C

-40 °C

-50 °C
Total
shear
strengt
h
change
(%)3
1

PUR

PVAc

EPI

MF

MUF
1

PRF

MUF
2

Solid
Wood

12.1
(1.5)1
A2
11.7
(3.0)
A
12.0
(2.7)
A
11.2
(1.8)
A
11.4
(2.2)
A
5.8

10.2
(1.5)
A, B
11.1
(1.6)
A
10.4
(1.9)
A, B
10.6
(1.7)
A, B
9.5
(1.6)
B
6.9

10.8
(2.0)
A
8.4
(4.6)
A, B
8.9
(3.2)
A, B
7.4
(2.2)
B
7.6
(2.2)
B
29.6

10.5
(2.0)
A
11.0
(2.1)
A
11.0
(2.6)
A
11.3
(1.7)
A
10.2
(2.4)
A
2.9

9.8
(1.4)
A
10.5
(1.4)
A
10.1
(1.7)
A
10.0
(1.5)
A
9.2
(1.8)
A
6.1

10.7
(0.9)
A
10.3
(2.6)
A
8.8
(3.1)
A, B
9.0
(3.3)
A, B
7.5
(2.5)
B
29.9

9.7
(1.5)
A
9.9
(2.4)
A
9.7
(1.8)
A
8.1
(3.9)
A
8.3
(1.9)
A
14.4

12.0
(2.0)
A
12.1
(1.5)
A
12.3
(1.6)
A
11.4
(1.6)
A
11.4
(2.0)
A
4.8

Values in parentheses are sample standard deviations.
Values with the same capital letter in each column are not statistically
different at the 0.05 significance level.
3
Total shear strength change (%) = (Shear Strength 20 °C − Shear
Strength −50 °C)/Shear Strength 20 °C*100.
2
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3.1.2 PUR

3.1.4 EPI

Spruce

Spruce

Similar to solid wood, as the temperature decreased from
20 to -60 °C, the shear strength of tested PUR adhesivebonded Norway spruce wood joints decreased from 10.9
MPa to 7.9 MPa, a decrease of 27.5%, indicating that
temperature changes had a significant impact on the
shear strength of PUR adhesive-bonded wood joints.
Statistically, shear strengths were categorized into three
temperature sectors with some extent of overlap: 1) 20
°C to -40 °C, 2) -20 to -50 °C, and 3) -50 to -60 °C.

Similar to PVAc adhesive, the shear strength of EPI
adhesive-bonded Norway spruce wood joints decreased
significantly when the temperature decreased from 20 to
-20 °C, indicating that the shear strength developed with
the EPI adhesive was sensitive to temperature changes.
As the temperature decreased from 20 to -60 °C, the
shear strength decreased from 10.0 to 7.2 MPa, dropping
28%. Compared to solid wood and PUR adhesive bonds,
the shear strength of EPI adhesive bonded wood joints
was lower at all temperatures tested. Statistically, shear
strengths were categorized into two temperature sectors
with no overlap: 1) 20 °C and 2) -20 to -60 °C. In Sector
2, as the temperature decreased from -20 to -60 °C, the
shear strength did not decrease much.

Pine
When the temperature decreased from 20 to −50 °C,
Similarly to solid wood, the shear strength of tested PUR
bondlines with Scots pine wood joints decreased from
12.1 to 11.4 MPa (only 5.8%), showing that the
temperature change had no significant impact on shear
strength. The shear strength was always higher than 10
MPa at 20 to –50 °C, meeting the standard requirement
of EN 301 (2013) [20].
3.1.3 PVAc
Spruce
As the temperature decreased from 20 to -60 °C, the
shear strength of PVAc adhesive-bonded Norway spruce
wood joints decreased from 9.6 to 7.7 MPa, dropping
19.8%. Compared to solid wood and PUR adhesive
bonds, all of the shear strengths of PVAc adhesivebonded wood joints were lower, at any temperature
tested. Statistically, shear strengths were categorized into
two temperature sectors with no overlap: 1) 20 °C and 2)
-20 to -60 °C. The findings show that when temperature
decreased from 20 °C to -20 °C, the wood joint shear
strength dropped significantly, indicating that the shear
strength of wood joints with PVAc was sensitive to
temperature change. However, when the temperature
further decreased from -20 to -60 °C, the shear strength
did not decrease as much. It was also noted that the
wood joints bonded with PVAc adhesive were lower
than 10 MPa even at 20 °C, not meeting the minimum
shear strength requirement of EN 301 [20].
Pine
When the temperature decreased from 20 to −50 °C, the
shear strength of PVAc resin-bonded Scots pine wood
joints decreased from 10.2 to 9.5 MPa, a drop of 6.9%.
The shear strength was significantly different at −50 °C.
The shear strength of all PVAc resin-bonded wood joints
were lower than that of solid wood and PUR resin bonds
at all temperatures tested.
Compared with the shear strength of PVAc-bonded
Norway spruce joints [19], the shear strenth of Scots
pine joints was stronger, and only at −50 °C was lower
than 10 MPa. While the shear strength of PVAc-bonded
Norway spruce joints were all lower than 10 MPa even
at 20 °C. This indicated a large difference between these
two species of wood. It may demonstrate that more
species are needed to test in the future work to better
investigate the effect of temperature change.

Pine
For Scots pine samples, the shear strength of tested EPI
resin-bonded wood joints decreased significantly when
the temperature decreased from 20 to −20 °C (10.8 to 8.4
MPa), indicating that shear strength developed by EPI
resin was sensitive to temperature changes. As the
temperature decreased from 20 to −50 °C, the shear
strength of EPI resin-bonded Scots pine wood joints
decreased from 10.8 to 7.6 MPa, a decrease of 29.6%.
The shear strength of EPI resin-bonded Scots pine wood
joints was lower than that of solid wood and PUR resin
bonds at any lower temperature tested. Statistically, the
shear strengths tested were categorized into two
temperature zones with no overlap: 1) 20 °C; and 2) −20
to −50 °C. Within Zone 2, as temperature decreased
from −20 to −50 °C, the shear strength did not decrease
significantly.
3.1.5 EPI
Spruce
The shear strength of MF adhesive-bonded Norway
spruce wood joints decreased significantly (25.5%) when
the temperature decreased from 20 to -60 °C. Compared
to solid wood and PUR adhesive bonds, the shear
strength of MF adhesive-bonded wood joints was lower
at all temperatures tested. Statistically, shear strengths
were categorized into two temperature sectors with some
overlap: 1) 20 to -30 °C and 2) -30 to -60 °C, indicating
a relatively good bondline quality developed by MF
adhesive, as compared with MUF adhesives (MUF1 and
MUF2).
Pine
The shear strength of MF adhesive-bonded Scots pine
wood joints was not significantly different (2.9%) when
the temperature decreased from 20 to −50 °C. Compared
with solid wood and PUR adhesive bonds, the shear
strength of MF adhesive-bonded wood joints was lower
at all temperatures tested, but always higher than 10 MPa
from 20 to −50 °C, meeting the standard requirement
(EN 301 2013) [20], indicating a relatively good
bondline quality developed by the MF adhesive
compared with those of the PUR and PVAc adhesives.

Spruce
Due to software issues, it was not possible to compare
the impact of temperature on the shear strength of MUF1
adhesive-bonded Norway spruce wood joints. Despite
this fact, the data reveal that as temperature decreased
from 20 to -60 °C, the average shear strength decreased
by 16.7%. The data showed that as temperature dropped
from 20 to -20 °C, the shear strength dropped rapidly.
Further decreasing temperature seems to not affect shear
strength. Generally, MUF1 resulted in lower shear
strength than solid wood at the temperature range tested.
As the temperature decreased from 20 to -60 °C, the
shear strength of MUF2 adhesive-bonded wood joints
decreased from 8.7 to 6.6 MPa. These values were the
lowest of all tested adhesive types. The total shear
strength drop was 24.1%. Statistically, the shear
strengths obtained were categorized into three
temperature sectors with some extent of overlap: 1) 20 to
-20 °C, 2) -20 to -40 °C, and 3) -30 to -60 °C, indicating
the MUF2 adhesive was relatively sensitive to
temperature change.
Pine
The shear strength of MUF1 adhesive-bonded Scots pine
wood joints showed no significant decrease from 20 to
−50 °C, and the average shear strength decreased by only
6.1%. The data showed that as the temperature dropped
from 20 to −20 °C, the shear strength increased slightly
(from 9.8 MPa to 10.5 MPa). Further decreasing
temperature seems to not affect shear strength.
Generally, MUF1 resulted in a lower shear strength than
solid wood at the temperature range tested.
As the temperature decreased from 20 to −50 °C, the
shear strength of MUF2 adhesive-bonded Scots pine
wood joints decreased from 9.7 to 8.3 MPa. These values
were the lowest of all tested adhesive types and the shear
strength was always lower than 10 MPa at 20 to −50 °C,
which did not meet the standard requirement (EN 301
2013) [20]. The total decrease in shear strength was
14.4%.
3.1.7 PRF
Spruce
Conventional PRF adhesive is historically the most
established adhesive for cold setting bondline
applications. The data in Table 2 indicate that the shear
strength of PRF adhesive-bonded Norway spruce did not
meet the EN 301 requirement. This may due to bonding
parameters selected. As the temperature decreased from
20 to -60 °C, the shear strength of PRF adhesive-bonded
wood joints decreased from 9.8 to 8.0 MPa, a drop of
18.4%, indicating that temperature changes had a
significant impact on the shear strength. The shear
strength changes of wood joints bonded with PRF
adhesive at different temperatures were similar to that of
solid wood at corresponding temperatures. Statistically,
shear strengths were categorized into two temperature
sectors with some extent of overlap: 1) 20 to -50 °C and
2) -30 to -60 °C. In Sector 1 at 20 °C, the wood joint

shear strength was only significantly higher than that in
Sector 2 at -60 °C, indicating that as temperature
dropped, the shear strength of the PRF adhesive bonded
Norway spruce wood joints decreased moderately,
showing that the bondline integrity was quite stable
during temperature changes.
Pine
The data in Table 3 indicate that the shear strength of
PRF adhesive-bonded Scots pine did not meet the EN
301 (2013) [20] requirement when the temperature was
lower than −30 °C, even conventional PRF adhesive is
historically the most established adhesive for cold setting
bondline applications. As the temperature decreased
from 20 to −50 °C, the shear strength of PRF adhesivebonded wood joints decreased from 10.7 to 7.5 MPa, a
drop of 30%, indicating that temperature changes had a
significant impact on shear strength. The shear strength
of PRF adhesive-bonded wood joints was significantly
lower at −50 °C, and had the lowest value among all
adhesives (only 7.5 MPa). Statistically, shear strengths
were categorized into two temperature sectors with no
overlap: 1) 20 to −20 °C; and 2) −30 to −50 °C. In Sector
1 at 20 °C to −20 °C, the shear strength rose above 10
MPa, meeting the standard requirement (EN 301 2013)
[20]. However, in Sector 2 at −30 to −50 °C, the shear
strengths were lower than 10 MPa (8.8 to 7.5 MPa), and
did not meet the standard requirement (EN 301 2013)
[20], indicating that as temperature dropped below −30
°C, the shear strength of the PRF adhesive bonded with
Scots pine joints decreased significantly. This shows that
the bondline integrity was quite sensible during
temperature changes.
Figures 3 and 4 show the shear strength of bondline with
different adhesives at different temperatures for Norway
spruce and Scots pine. Since the contents of it have been
discussed, no further discussion will be made.
12
Shear Strength (MPa)

3.1.6 MUF (MUF1 and MUF2)

11

PUR

10

PVAc
EPI

9

MF

8

MUF1

7
6

PRF
MUF2
-60

-50

-40

-30

-20

20

Wood

Temperature (°C)

Figure 3: Bondline shear strength of Norway spruce wood
joints bonded with specified adhesives at different
temperatures

Shear Strength (MPa)
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12

PVAc

11

EPI

10

MF

9

MUF1

8

PRF

7

MUF2

6

-50

-40

-30

-20
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thinnest bondline widths were formed by PVAc bonds:
85 µm for Scots pine, and 91 µm for Norway spruce.

Wood

Temperature (°C)

Figure 4: Bondline shear strength of Scots pine wood joints
bonded with specified adhesives at different temperatures

(1) Glue 1- PUR

3.2 SCANNING ELECTRON MICROSCOPE
(SEM) ANALYSES OF BONDLINES
3.2.1 Spruce
Fig. 5 (left) shows scanning electron microscope (SEM)
images of bondlines for the wood bonds with seven
types of adhesives at -30 °C. The distances were
measured including the adhesive penetrated into the
wood. Fig. 5 (1), PUR showed the best adhesive
penetrations of three lumens; the average bondline width
was 178 µm, much thicker than the designed bondline
thickness of 100 µm. This bondline width was followed
by EPI bonds (113 µm), MUF2 bonds (101 µm), MF
bonds (98 µm), and MUF1 bonds (83 µm). The thinnest
bondline width of only 65 µm was formed by PRF
bonds, which may be due to the 0.5 MPa pressure used
during specimens’ preparation (Table 1). It appears that
the wood joints with PRF had more obviously compress
deformation of wood. It is hard to explain why PRF had
the lowest adhesive penetration and where the adhesive
was distributed, despite showing strong shear strength.
The EPI bondline had many small voids, which may
explain why it did not yield stronger shear strength than
PUR.
3.2.2 Pine
Figure 5 (right) also shows SEM images of bondlines for
the Sctos pine wood bonds with seven types of adhesives
at −30 °C. The distances were measured, including the
distance the adhesive penetrated into the wood. The
images on the left side of Fig. 5 are bondlines of Norway
spruce [19]. The images on the right side of Fig. 5 are
bondlines of Scots pine. PUR showed the best adhesive
penetrations of the three lumens; the average bondline
width was 178 µm for Norway spruce and 134 µm for
Scots pine; both are much thicker than the designed
bondline thickness of 100 µm. They both showed a
smoother bondline surface than the other types of
adhesives. The other bondline width was followed by
MUF2 bonds (118 µm for Scots pine and 101 µm for
Norway spruce), MUF1 bonds (101 for Scots pine and
83 µm for Norway spruce), EPI bonds (95 µm for Scots
pine and 113 µm for Norway spruce), MF (90 µm for
Scots pine and 98 µm for Norway spruce), and PRF (88
µm for Scots pine and 65 µm for Norway spruce). The

(2) Glue 2- PVAc

(3) Glue 3- EPI

(4) Glue 4- MF

(5) Glue 5- MUF1

(6) Glue 6- PRF

(7) Glue 7- MUF2
Figure 5: SEM images of bondlines for the wood bonds with
seven types of adhesive (left: Norway spruce; right: Scots
pine).
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4 CONCLUSIONS
Generally, within the temperature test range, the shear
strength of Scots pine solid wood and wood joints
resisted the effects of temperature better than that of
Norway spruce. Different adhesives responded
differently with Norway spruce and Scots pine. This
suggests that the influence of low temperatures on the
diminished shear strength of bondlines for the loadcarrying capacity of glulam should be studied further
with different species.
1.

The shear strengths of Norway spruce and Scots
pine wood and PUR, PVAc, EPI, MF, MUF1, PRF
and MUF2 adhesive-bonded wood joints at
temperatures of 20, -20, -30, -40, -50, and -60 °C
were studied. Generally, as the temperature
decreased, the shear strength of wood and wood
joints bonded with different adhesives also
decreased. PUR adhesive resulted in the strongest
shear strength at most temperatures tested. As
temperatures decreased, the shear strength of PUR
adhesive-bonded wood joints decreased gradually.
MUF1 and MUF2 adhesives resulted in the lowest
shear strengths among the adhesives tested at all
temperatures. All adhesive-bonded joints had a
reduction in shear strength with decreasing
temperature either lower or equal to that of solid
wood control specimens.

2.

At room temperature, the solid wood and all types
of adhesives showed relatively low variability in
terms of shear strength, while at low temperatures,
the shear strength varied considerably more for the
different adhesives tested. One possible reason for
the increased variability in the cold climate could be
that the shear strength of the wood material becomes
lower at the same time as the joint samples become
more brittle and more sensitive for small variations
in geometry and the testing procedure. More
formulations should be tested to represent those
entire classes of wood adhesives. More specimens
are needed in future work to better investigate the
effect of temperature change on bondline integrity.

3.

The shear strength difference at different
temperatures may be due to the difference in the
elastic property of different adhesives. Stiffness of
adhesive affected wood bonds shear strength, low
temperature affect the elastic properties of an
adhesive, resulting reduce the shear strength should
be more investigated in the near future.

4.

Since the data created through the experiment
mostly did not meet the shear strength requirement
of EN 301 and EN 302, especially at low
temperatures, it suggests that the influence of low
temperatures on diminished shear strength of
bondlines for load carrying capacity of glulam
should be studied much further. It is important to
know the load bearing capacity of the engineered
wood, so structures have the proper design value.
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MECHANICAL PERFORMANCE OF GLUE JOINTS IN STRUCTURAL
HARDWOD ELEMENTS
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ABSTRACT: Mechanical Performance of Glue Joints in Structural Hardwood Elements as those for solid beech wood,
wherein also the crack propagation takes place. It can be concluded that such joints have the necessary strength to be
used in timber constructions. Joints of phenol resorcinol formaldehyde (PRF) showed constantly good results, the
determined characteristics generally lay in the same range as for beech wood.
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1 INTRODUCTION 123
Wood has always been used as building material, it is
widely available and easy to work with. Coniferous trees
are mostly preferred to broad-leafed trees, they have a
straight growth and are generally lower in density.
Lower density in means of wood physics also stands for
a good machinability, but also for a reduction in the
strength parameters and lower Young’s moduli and shear
moduli. The softwoods were nevertheless favoured in
construction engineering during the past centuries -and
still are-and their trees consequently were cultivated also
in regions originally dominated by broad-leafed trees
(e.g. Swiss Plateau, Jura Mountains). However,
regarding the development of the wood reserves in
Switzerland’s forests, one can see that during the past ten
years the population of spruce decreased by 7.6x 106 m3 (4 %) in volume. In the same time the beech gained
4.3x106 m3 (+6 %). These two species represent
the most common soft- and hardwood species in
Switzerland, but this trend is equally valid for soft- and
hardwood in general. The increasing hardwood reserve
will lead to an increase in hardwood harvest. Instead
of the currently usual energetic use, an intermediate step,
e.g. as building material, could add value to this resource
and would be a reasonable application of the additional
hardwood.
Fig. 1 show an example from a new building constructed
with hardwood (beech, ash) at the ETH Zurich.
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Fig. 1: House of Natural resources (ETH)
Adhesive bonding is an essential task in modern timber
engineering. The spruce is since 100 years and more
Europe’s most important wood resource for timber
engineering. Consequently, the testing standards focus
mainly on this wood species (see EN 302-2,
delamination test). The higher swelling, shrinking, MOE
induced higher stresses in the glued wood and in the
bondline during changing climatic conditions (see fig.
3). A delamination we can have also in winter in heated
rooms induced from the low air humidity. The same
effect we have also for parquet. A transfer of these
standards onto other wood species is, due to the
material’s complexity, only of limited application. New
approaches have thus to be employed to verify the load
bearing capacity of glue joints in other wood species.
The European beech (Fagus silvatica L.) is the most
common broad-leafed tree species in Switzerland. It has
good mechanical properties of which the timber
engineering can profit. The focus of this work therefore
was on the failure mechanisms of glue joints in beech
wood, realized with different, commercially available
adhesive systems. With hardwood we have a lot of
problems with the gluing (high internal stresses, high
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swelling, influence from extractives etc.), see Ammann
(2015).

Fig. 2: Delamination from beech wood after
delamination test according EN 302-2 with different
adhesives (Foto: TU Munich)

European beech wood (Fagus silvatica L.) was used.
The samples were prepared from the same trunk
lumbered in the region of Zurich, Switzerland (temperate
climate). Prior to sample preparation the raw beech wood
boards were conditioned at standard atmospheric
conditions (20oC, 65% RH) until the equilibrium
moisture content was reached.
At that point, the wood had a density of approximately
706 kg/m3 and a moisture content (MC) of 14.5 %. After
conditioning, the slats of approximately
5cm x 6.5cm x 40cm were cut out and glued according
to the manufacturers’ guidelines. The investigated
adhesives are as follows:
Ø phenol resorcinol formaldehyde resin (PRF)
Aerodux (glue 185 RL with hardener HP 155)
provided by Bolleter Composites AG, Arbon,
Switzerland, and
Ø one-component polyurethane (PUR) HB S 709
provided by Henkel AG, Sempach-Station,
Switzerland.
Before joining the slats, thin silicon coated films with a
thickness of 35 µm were inserted into the bond line for
the initiation of the crack (Fig. 4).

Fig. 3: Delamination from a glue lam (beech wood)
under dry conditions (Foto: P. Niemz)
Therefore the present project was sub-divided in
numerical and experimental investigations. The
numerical simulations investigate the moisture transport,
stress distribution, fatigue and delamination to increase
the predictability of the safety of bonded hardwood The
experimental investigations determine the yet unknown
physical properties of glue joints necessary for the
numerical simulations, illustrate the behaviour of cracks
at such joints at their different stages and develop testing
methods suitable for glue joints in hardwood. The latterexperimental- investigations are covered in this
study, using fracture mechanical approaches, standard
tests, and small scale experiments; the study concerning
the numerical investigations can be found in Hassani
(2015) in a second thesis (numerical simulation from
moisture induced stresses) (not reported in this
presentation, see PhD thesis Hassani, ETH (2015).

2 MATERIAL AND METHOD
2.1 Fracture toughness
Wood and glued wood

Fig. 4: Sample preparation and geometry (units in mm)
This procedure was adapted from ISO 25217. After
bonding, the slats were stored again at standard
atmospheric conditions for 7 days and
then conditioned to the desired environmental humidity.
Three sample series were conditioned:
a) dry climate: 20oC, 50% RH, MC: 11.0 %,
b) standard climate: 20oC, 65% RH, MC: 14.6% and
c) wet climate: 20oC, 95% RH, MC: 21.1 %.
Finally, samples of 6mm x 50mm x130mm were cut out
so that they contained an initial crack (i.e. silicon film of
approximately 25mm length, (see Fig. 4 for illustration).
The orientation of the anatomic directions was chosen so
that the crack propagates in the longitudinal direction
and both late- and early wood are present on the crack
plane, i.e. with an annual ring angle of 60o to 90o
respective to the glue joint.
The orientation of the annual rings in the bonded
samples was chosen so that they coincide with industrial
bonded elements, and the crack tip was placed directly in
the adhesive to assure the investigation on the adhesive,
not the solid wood.
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tests

2.2 Fracture energy

The experiments were conducted on a Zwick/Roell Z010
universal testing machine with a 10 kN load cell and an
Arcan test mount (Fig. 5). The Arcan test mount can be
modified to realise load angles on the glue joint from 0oto 90o in 22.5 steps. A load angle- α = 0o_ .therefore
corresponds to the fracture mode 2 (M2), and α= 90o
corresponds to the fracture mode 1 (M1). Mixed modes
(MM) are denoted with the respective load angle as
index (e.g. MM22.5 for α = 22.5o). In Fig. 5, an exemplary
test setup for M1 (90o) is shown.

Wood and glued wood

With the gathered data the fracture toughness’s, Kc, were
calculated:
KI;c; KII

and

Kα;c

Regular samples
All samples were produced with European beech wood
(Fagus silvatica L.) from a single trunk. The tree was
lumbered near Zurich, Switzerland, a region with
temperate climate. The slats were stored at standard
atmospheric conditions (20o C, 65% relative humidity
(RH)) until the equilibrium moisture content was
reached. At that point, the wood had a normal raw
density of 750 kg/m3 and a moisture content (MC) of
14.7 %.
Boards of approximately 42cm x 42cm x 4cm were
planed and bonded with the following adhesives:
• PRF Aerodux (glue 185 RL with hardener HP
155) provided by Bolleter Composites AG,
Arbon, Switzerland, and
• PUR HB S 709 provided by PURBOND AG,
Sempach-Station, Switzerland.
The bonding procedures were strictly adapted from the
manufacturers ‘guidelines: PUR was applied on one side
with a spread quantity of 180 g/m2 to 200 g/m2 and
pressed for 175 min, PRF was applied on both
sides each 225 g/m2 and pressed for 240 min. The
applied pressure for both adhesives was 1.2 MPa.
When the wood was acclimatized, the samples were cut
into their final shape of 20mm x 66mm x390 mm (fig.6).
While planing, the boards were slightly inclined (~1o) to
achieve a potential grain angle towards the glue joint in
the crack propagation direction.
This reduces the risk of the crack propagating too far
from the specimen’s centre. The annual ring angle on the
glue joint was between 60o and 90o for all samples.
Details for these double cantilever beam (DCB)
specimens are illustrated in Fig. 6. The initial crack was
cut using a circular and a scroll saw, the crack tip was
defined with a microtome blade. Measured from the
loading point, the initial crack had a length of 4 cm.
Solid wood (SW) samples were prepared and
conditioned.
Aged samples

Fig. 5: Arcan Test

Regular Samples
The bonded boards cured for seven days at standard
atmosphere and then the samples were cut roughly into
shape. These samples were then distributed into three
different climatic chambers and again stored until the
moisture equilibrium content was reached. The climatic
conditions applied were
50% RH, 20oC, resulting in a wood MC of 11.6 %,
65% RH, 20o C, with a wood MC of 14.7 %, and
95% RH, 20o C, with 21.5% MC.

Three sets of variably aged glulam elements were
available and were also used for sample preparation. The
beech wood used for the glulam elements came from the
same region as for the regular samples, but from
a different trunk. The adhesives and their respective
applications were identical. The glulam elements
consisted of six boards each 45cm long
15cm wide and 3cm thick (fig. 7).
These boards were stored at standard atmosphere until
moisture equilibrium content was reached and the
glulam elements were bonded at the same climate. The
ends of the elements were sealed with a thick alkyd resin
coating to avoid end grain moisture diffusion, and thus
imitated moisture profiles of long glulam beams. Ageing
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of all wood beams took place between March 2012 and
May 2014.
The three different processes were natural,
• indirect weathering (AW),
• one cycle of dry and wet relative air humidity
(ACC)
• and constant high relative air humidity (A95).
The A95 samples were stored for two years at 20oC,
95% RH. The ACC samples were first stored at
20oC, 50% RH for 150 days, then at 20oC, 95% RH for
250 days, and then again at 20oC, 50% RH until the
samples were tested. The AW samples were stored
outdoors in a roofed depot. They were protected from
rain, but complete evasion of snow during winter was
impossible due to wind. Temperature and relative air
humidity were recorded directly at the glulam elements,
mean daytime values and approximated sine curves are
shown in Fig. 8.
After ageing, the glulam elements were cut into samples.
For these experiments here the top and bottom glue lines
were taken. The sample preparation was done using the
same method as for the regular samples. Only the sample
height had to be reduced to 60mm because of the board
thickness in the glulam elements. All other procedures
were kept the same. The outdoor weathered glulam
elements were acclimatized at standard atmosphere
before sample preparation. A Zwick/Roell Z010
universal testing machine with a 10 kN load cell was
used for all experiments. The load was applied
perpendicular to the glue joint, i.e. in pure opening
mode. Ammann and Niemz found an influence of the
testing speed on the measured results. For this reason the
crack propagation rate was held constant in this study
and remained in the range of 3 cm/min to 4 cm/min. For
the PUR bonded samples an additional series with
increased (~40 cm/min) and reduced (~ 0.4 cm/min)
crack propagation rates were tested.

Table 1: Nomenclature

Fig.7: Samples for aging

Table 1 show the nomenclature.
Fig. 8.: 18th month expcerpt of mean
daytime
tempersture an RH at weathered glulam elements (AW).
Grey lines is the appromimated sine curves

Fig. 6: DCB geometry, in [mm].

Fig. 9: Illustration of displacement u and force F, crack
length a and point rotation
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Video images of the propagating crack were acquired
with the frame rate synchronized with the data
acquisition rate of the testing machine.
Thereby every data point was coupled with an image of
the specimen, which was later used to determine the
crack length. The information content of the images was
reduced to two states (monochrome): white for the intact
state, black for the cracked state (see Fig. 10). This
method delivers a simple definition of the crack tip and
allows the measurement of the crack length depending
on the displacement of the loading point. The resolution
of the video images was in the range of 200 dpi to 230
dpi, thus measuring the crack length with an accuracy of
1mm was regarded as appropriate.
Load displacement curve approve (fig. 9) of a SW
sample with indicate energy G x Af

Fig. 10:. Video image of SW/65 samples: The numbers on the
sample provide a visual aid for measuring the crack length

3 RESULTS
3.1. Mixed mode fracture toughness
The above-mentioned calculation of Kc with the
corresponding correction factors base on isotropic
materials and might therefore not be valid for wood or
wood-based products. However, this evaluation is still a
passable approximation due to the lack of a numerical
analysis (FEM) and allows the comparison of the results.
For a more precise analysis, i.e. basing on the FEM, all
experimental results are presented in Tab. 2 and
The material properties for such an analysis can be found
in the work of Kläusler et al. [6] for the adhesives and
Ozyhar et al. [24] for the beech wood, since both
Of them used materials from the exact same source as
was used here. For a better overview, the Kc values with
corresponding CIs are illustrated in Fig. 11 for PUR and
Fig. 12 for PRF. In these figures the monotone piecewise
cubic interpolation (after Fritsch and Carlson (see [1])
was applied to respect any local extrema, most evident at
Kinch and Kick, respectively.
The bulk density of the used wood lies within the
common range found in literature, being at 706 kg/m3 at
standard climatic conditions. The MCs (Tab. 2) are

slightly higher compared with literature values, but are
within the normal range.
No significant differences of the Kc of the PUR glue
joints can be found between load angles from M1 to
MM22.5, but a significant increase is visible
From MM22.5 to M2. This observation applies to all
three climate steps. It can be assumed that PUR glue
joints perform equally well independent of the load angle
until a certain percentage of shear force is reached.
In the regular to dry climates, wood failure starts to
occur occasionally when decreasing the load angle to
22.5o. As for Kc, a distinct increase in WFP is notable
between MM22.5 and M2. It thus seems plausible that,
at that angle, towards pure shear load, bonding
mechanisms come into account that significantly
increase the glue joint’s performance. Possible
mechanisms can be differences in the stress field, surface
roughness and mechanical interlocking.
Similar observations can be made for the PRF in the dry
and standard climates as for the PUR, except that KI;c is
lower than those at the MM.
However, at the wet climate an unexpected behaviour
was observed. The measured KI;c of the PRF are not only
higher than at standard atmosphere, they are even at the
same level as KII;c in the wet climate. The minimum Kc
can be found at a load angle of 22.5o_ respective to the
bond line, being significantly lower than KI;c and KII;c.
An explanation for this behaviour has not been found,
neither in the evaluation nor in the literature.
Regarding the WFPs of both adhesives (see Tab. 4), it
becomes apparent that shear stresses at glue joints
promote wood failure in the system. In general, PRF
predominantly produces wood failure, whereas PUR
mostly fails in adhesion (see also Ammann [1]).
Table 2: Material properties and results for different load
angles b: bulk density, MC: moisture content, Kc:
fracture toughness, n: number of specimens, WFP: wood
failure percentage.
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Joints of phenol resorcinol formaldehyde (PRF) showed
constantly good results, the determined characteristics
generally lay in the same range as for beech.

Fig. 11: Fructure toughness Kc of PUR for different RH

with CI (confidence interval) in black area

Polyurethane (PUR) has good fracture mechanical
properties, but these cannot be activated in beech wood
joints. The weakest link of PUR joints in beech is the
adhesion. The gained results indicate that if the adhesion
can be optimized through adequate priming or adhesive
formulation, this adhesive system will be a versatile
From the conducted experiments on glue joints in
European beech wood, the following conclusions can be
drawn:
• PUR glue joints perform equally well when the
applied load angle
• on the bond line is greater than 22.5o.At load
angles below 22.5o the Kc of PUR increases
rapidly.
• The Kc of PRF increases with decreasing load
angles.
• Shear stresses at glue joints promote wood
failure.
• PRF joints mainly fail in the wood, PUR in the
joint itself.
• The weakest link of PUR glue joints in beech
wood is the adhesion.
• Nevertheless such glue joints do not perform
worse than the solid wood.
• The moisture dependency is more pronounced
in PUR than in PRF glue joints, which can be
attributed to the adhesives’ properties.
At wet climates, PRF glue joints achieve higher Kc than
those of PUR. However, at a moderate dry climate (50%
RH) no significant difference is present between PUR
and PRF for KI;c and KII;c.

Fig. 12: Fructure toughness’ Kc for PRF and different RH

with CI (confidence interval) in black area
3.2 Fracture Energy

A summary of all the gained results is given in Tab. 3
(PRF and SW) and Tab. 4 (PUR) and table 5 for solid
wood and PRF. In order to have a better overview, the
specic fracture energies with respective confidence
intervals are illustrated in Fig. 13.
Table3: Results for PRF and SW. n: number of
specimens tested, WFP: wood failure percentage.
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Table 4: Results for PUR. n: number of specimens
tested, WFP: wood failure percentage.

•

Beech wood at humid conditions has a
distinctly increased G (1.35 N/mm at 95% RH).
Thus, the increase in plasticity outweighs the
reduction in strength of beech wood with regard
to G.
All applied ageing processes had the same influence on
PRF glue joints, a probable reduction in G by 10% to
15% within two years, with no change in WFP.
The findings for PUR glue joints in beech wood can be
summarized as follows:
•

Table 5: Results for PRF and solid wood. n: number of
specimens
tested, WFP: wood failure percentage.

•
•

the weakest link at PUR glue joints in beech
wood is the adhesion; 0.24N/mm were needed
on average for crack propagation. wood failure
is seldom observed.
Testing speed, climate and ageing all displayed
no influence on the WFP.
no significant influence of the ageing processes
on the adhesion was observed.

4 CONCLUSIONS
Only the PRF was able to achieve the demanded tensile
shear strengths. In what extent these standard tests
estimate the quality of such elements will the future
show, since just such ash wood elements are already
realized in Swiss timber constructions.
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Two component polyurethane adhesives for hardwood - influence of hardness
of the adhesive towards delamination properties
Steffen Harling, Guntram Weiland2, Reto Frei3
ABSTRACT: Changes in forest management result into an increase of the amount of hardwood on the market and a
decrease of softwood in the next decades [1-3]. Beech is very prominent in European forests and mainly used as firewood,
instead of using it as construction timber [4-5]. Its specific advantages against softwood like higher stability for instance
predestine it as a construction material, but until now, no adhesive satisfy the criteria of load bearing timber structures as
they do for softwood. The two component polyurethane chemistry shows great promise of perform in this field. This
technology allows a wide range of adjustment possibilities of the glue. Two-component polyurethane adhesives with a
variation of the isocyanate and polyol component, the amount of filler and catalyst were tested towards bonding strength
and delamination properties on spruce and beech according to EN 302-2. The delamination on beech represents the biggest
challenge [6-7]. By recipe adjustment, the delamination on beech was reduced from 100% to 29%. This is a first step to
fulfil the requirements. During these observations, it was found, the harder the adhesive, the less delamination occurs.
Further investigations need to be done and are still in progress.

KEYWORDS: two component polyurethane, adhesive, hardwood, delamination

1 INTRODUCTION 123
There are a variety of adhesives for wood on the market.
State of the art adhesives for softwood applications are,
next to urea-formaldehyde resins, phenol/resorcinolformaldehyde
(PR/PRF)
and
melamine/ureaformaldehyde
(UMF)
resins,
one-component
polyurethane adhesives (1C PUR) since the 1990`s [8-9].
These adhesives do not need mixed before application,
they only need humidity for curing. During this curing
process, carbondioxide emerges, resulting in a foamy
structure of the glue line. In the last 25 years, these kind
of adhesives were optimized for bonding softwood,
especially spruce, and nowadays this wood is used as a
standard construction material in architecture. Different
norms like the EN 15425 “Adhesives – One component
polyurethane for load bearing timber structuresclassifications and performance requirements“ and the EN
302 “Adhesives for load-bearing timber structures” define
the requirements towards the adhesives to use them with
softwood [10-11].
Due to the changes in forest management, the amount of
softwood on the market will decrease and the amount of
hardwood like beech will rise. Using this wood only as
firewood or for furniture does not meet the outstanding
properties of this kind of wood [5]. If hardwood should be
1
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used as construction material, glued hardwood
components must withstand the same stresses as
components of bonded softwood [4, 6]. The current 1C
PUR adhesives on the market do not fulfil the
requirements as they do with softwood [12]. The existing
standard 1C PUR adhesives reaches the strength in dry
condition but they break down under wet conditions
especially under delamination testing [6]. The reasons for
these failings are diverse (E-modulus, density, water
consumption/absorption, swelling, cell structure, extract
content…) and part of our current investigations [13-16].
One way to solve the “glueing of hardwood problem”
could be the two-component polyurethane chemistry (2C
PUR) due to its versatility. In these systems, a liquid
polyol component reacts with a liquid isocyanate
prepolymer to a solid polyurethane without foam
formation. By variation of the composition of the polyol
component and isocyanate component, a hugh variety of
parameters like viscosity, polarity, crosslinking density or
reaction speed can be adjusted [13, 16, 17]. To understand
and consequently explore the demands towards a
permanently resistant adhesive joint on hardwood is the
aim. The mechanical properties of the adhesive like
hardness was postulated as main tweaking option. Clauss
et al. found the harder the 1C PUR, the better the
requirements as construction adhesives can be reached
3
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[18]. The hardness of 2C PUR can be varied by various
parameters. To simplify the matrix, a simple 2C PUR
receipe was used for the polyol component: ~60% filler,
~40% polyol and just ≤1% additives like defoamers and
catalysts. The isocyanate component were standard polymethylendiphenylisocyanate prepolymers without any
modifications. In this study, the influence of the
isocyanate prepolymer (B) was checked with a
polyolcomponent of a standard Collano adhesive (A). In
a second part, the polyolcomponent was modified by
adjusting the filler content and the pot life. In the last step,
the polyol was changed by using a different standard
Collano polyurethane adhesive (C) and the filler content
was also varied. All samples were tested towards their
material properties and their suitability as wood adhesive.

2 Materials and Methods
A simple nomenclature is used with a letter followed by
one or four numbers. The abbreviation B0, B1 and B2
stand for the three different isocyanate prepolymer used.
The letters A and C stand for the two different polyols
followed by four numbers, the first two numbers describe
the percentage of filler and the last two numbers the
potlife in minutes. All adhesives in this study were mixed
with an isocyanate index (ratio mol NCO-/ mol OHgroups) of 110 resulting in different mixing ratio (A/B per
weight) and filler content (Table 1).
2.1

Starting formulation

As starting point, a typical 2C PUR adhesive from
Collano with a potlife of 50 minutes (100g@20°C) was
chosen. This adhesive consists of a polyolcomponent (A
6050) with a modified castor oil (~40%), calcium
carbonate filler (~60%) and some additives (~<1%) mixed
with typical standard isocyanate prepolymer (B 0) (NCO
31.5%, f= 2.3, η = 25 mPas@20°C, supplier Covestro).
2.2

Influence of the isocyanate component

This factor has a decisive influence towards the total
formulation, inasmuch as ~10-40% of the final
PUR mixture is part of it. By mixing different
prepolymers with the same polyol component (A6050),
this influence was investigated. Three NCO-prepolymers
were tested, the standard isocyanate prepolymer B0 (NCO
31.5%, f= 2.3, η = 25 mPas@25°C, supplier Covestro),
B1 (NCO 32.5%, f= 2.3, η = 90 mPas@25°C, supplier
Covestro) and B2 (NCO 15%, f= 2.3, η =
3600 mPas@25°C, supplier Huntsman).
2.3

Influence of the filler content and the potlife

The filler content varies from 60% to 30% down to 0% by
keeping the amount of additives constantly and varying
the amount of polyol in the polyolcomponent. Next to
this, the catalyst amount varies to result into slow
polyolcomponents with potlifes around 50 minutes
(100g@20°C) and fast polyolcompents with potlifes

around 5 minutes. As isocyanate component, the standard
NCO-prepolymer B 0 was used.
2.4

Influence of the polyol

Finally yet importantly, a polyetherester polyol was
changed to increase the stiffness of the polyurethane.
With this polyol formulations C in combination with the
NCO-prepolymer B0 the influence of filler content was
thus also tested. Next to this, the pure polyol C was tested
with B0 without any additives (C0020 B0).
Table 1: overview of polyol-prepolymer variations.
polyol

prepolymer

A6050
A6090
A60110
A3050
A0040
A6005
A3006
A0006
C6020
C3020
C1520
C0020

B0
B1
B2
B0
B0
B0
B0
B0
B0
B0
B0
B0

mixing
ratio / A:B
per weight
3.95
4.07
1.87
2.27
1.59
3.94
2.26
1.59
2.44
1.4
1.15
0.98

filler in
mixture AB /
%
47.88
48.17
39.09
20.83
0.00
47.85
20.80
0.00
42.56
17.50
8.02
0.00

The different mixtures were tested towards their material
properties according to Brookefield viscosity at 20°C of
the pure polyol components, shore hardness D and tensile
strength.
For shore testing according to DIN 53 505 samples of 50 g
were produced and measured between 1 and 28 days of
storage under RT (20°C, 65% RH) conditions. For shear
strength testing according to EN ISO 527-1 specimens
(Specimen typ 1A, standard wide of 5mm or films
0.15 mm wide) were stored at RT condition and tested
after 7 and 21 days. To investigate the influence of the
delamination conditions of EN 391 B towards the
adhesive properties, 21 days old specimen of A6050 B0,
A6050 B1 and A6050 B2 were stored under nearly similar
conditions. The specimens were submerged in water at
20°C, stored with a pressure of 15-30 kPa for 30 minutes
followed by high pressure of 600-700 kPa for two hours
and a final drying phase (10 h, 65°C, 8-10% RH, 2-3 m/s
wind). The test procedure started after a storage period of
one week under RT (20°C, 65% RH) conditions.
The wood adhesion properties were judged on beech and
spruce by shear strength and delamination tests.
Therefore, the particular combinations of the two
component polyurethane adhesive were mixed for one
minute and onesided applied right away on the surface
(~160 gsm) followed by a pressing time of 600 minutes,
pressure 0.8-1 N/mm2. Completely closed 0.1 mm and
samples with a joint thickness of 0.5 and 1 mm were
tested after different storage conditions according to EN
14525. The test speed was 5 mm/min on a calibrated
tensile test machine. In addition, the delamination
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procedure according EN 302-2 has been started with 7-10
days cured samples.

90
80
70

3 Results and discussion
shore D

60

The standard adhesive fulfilled the requirements
according to EN 14525 (Table 2).

50
40
30

Table 2: results of EN14525 testings with standard twocomponent polyurethane adhesive A6050 B0.

20
10

Thickness /
mm

Storage
sequence

0.1
0.1
0.1
0.1
0.1
0.1
0.5
0.5
0.5
0.5
0.5
0.5
1.0
1.0
1.0
1.0
1.0

A1
A2
A3
A4
A5
A7
A1
A2
A3
A4
A5
A7
A1
A2
A3
A4
A5

Set Value /
N/mm2
10
6
8
6
8
8
9
5
7.2
5
7.2
6.5
8
4
6.4
4
6.4

Average
Value /
N/mm2
13.48
7.01
10.65
6.12
9.12
8.10
12.45
5.03
8.81
5.08
7.2
7.04
11.85
5.52
9.96
4.30
6.42

0

0
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10

15
time/ d

20

25

30

Figure 1: Shore D of ● = A6050 B0, ○ = A6090 B1 and
■ = A60110 B2 over time.

After 7 days, the variation of the NCO-prepolymer is the
most significant (B0 76D, B1 64D and B2 42D), but after
21 days the NCO-prepolymers with the high NCOcontent of 31 % show approx. the same high value of 74D
and 78D. These results come along with the tensile
strength of the mixtures after 7 and 21 days (Table 4 and
Figure 2).
Table 4: variation in the PUR systems (σ= breaking tension, ε
= elongation at break, 7 = after 7 days, 21 = after 21 days).

These results are promising, but the adhesive A6050 B0
failed in the delamination testing with 56 % delamination
on spruce and 100 % delamination on beech. This feature
is a drawback towards the use of A6050 B0 in
construction applications and has to be solved by
variations of different parameters.

B0
B1
B2

σ7
/ MPa
14.32
11.04
6.39

40

50

ε7
/%
26.03
58.57
59.32

σ21
/ MPa
20
15.5
7.7

ε21
/%
10.78
25.94
70.88

25

3.1 Influence of the isocyanate component
20
15

σ / MPa

The variation of the NCO-prepolymers results into
different potlifes with 50 minutes in combination with B0,
90 minutes in combination with B1 and 110 minutes in
combination with B2. The shore D values of the three
different mixtures shows nearly the similar progress, after
7 days nearly 80 % of the end shore D value is reached
and the values after 21 days and 28 days are nearly the
same, but the absolut values differ (Figure 1).

10
5
0

60
shore D

70

80

Figure 2: Breaking tension vs. shore D, ● = after 7 days and
■ = after 21 days.

Progresses time, the shore D and the tensile strength
increase by decreasing elongation. The higher the shore D
value, the higher the breaking tension [9].
These tensile strength values correlate to the viscosity of
the NCO-prepolymer (Figure 3).
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Figure 3: Breaking tension vs. viscosity of the NCO–
prepolymer at 25°C.

The lower the viscosity of the prepolymer and the faster
the potlife (results not shown), the higher is the tensile
strength. Now what still needs to be examined are the hard
and soft domain in the adhesive.
One bottleneck is the delamination test. Complete cured
(21days) adhesive specimens were treated the same way.
This leaded to a significant embrittlement (Figure 4).The
elongation at break decreases in all three systems, but the
most for the system A6090 B1.

40

50
60
shore D after 7 days

70

80

Figure 5: Delamination on spruce vs shore D after 7 days.

The higher the shore D value, the higher is the breaking
tension (figure 2) and the less is the delamination on
spruce. Is there a correlation between viscosity of the
prepolymer and therefore in the two-component mixture?
Or is the chemical nature of the forming polyurethane in
the joint (hydrophobicity, soft-hard domain formation,),
the filler content or the potlife the most important factors?
To test this, we kept the prepolymer B0 constant and
varied the amount of filler and catalysts resulting into
different potlifes.
3.2 Influence of the filler content and the potlife

30

By varying the amount of catalyst and filler, two series
(slow and fast) with different amount of fillers were
produced. By increasing the filler content, the viscosity of
the different formulations increased as assumed (figure 6).

25

σ / MPa

20

100'000

15

5
0

A6050 B0

A6090 B1

A60110 B2

viscosity / mPas

10

10'000

Figure 4: breaking tension for three different combinations
□ = after 21d and ■ = after delamination procedure.

The systems with low NCO-content prepolymers shows a
higher sensitivity towards hydrolysis than the system with
the high NCO-content, but nevertheless the B0 and B1
samples are harder than the B2 sample. It can be assumed
that this effect of modifying the adhesives during the
delamination process should also happen with 7 days old
joints. Therefore, these three material combinations were
tested in the delamination procedure with spruce after 7
days and compared with shore D values of the untreated
materials after 7 days (Figure 5).

1'000

0

10

20
30
40
Filler content / %

50

60

Figure 6: viscosity (Brookefield at 20°C) vs. filler content of
● = slow and ○ = fast A-B0 combinations.

As seen in figure 7, the amount of filler makes a decisive
contribution to the obtained shore D values.

80

16
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A1 and A4 / MPa

shore D 7 days
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Figure 7: Filler content of ● = slow and ○ = fast A-B0
combinations vs shore D after 7 days.

60

65

70
75
shore D after 7 days

80

Figure 9: tensile strength vs. shore D after 7days, ● = slow
series after A1-, ○ = fast series after A1- .■ = slow series after
A4- and □ = fast series after A4-storage.

The influence of the reaction rate towards the shore D
hardness can be neglected, the values of the fast and slow
combinations are nearly the same.
These materials show the same behavior as the variation
of the prepolymer, the higher the shore D value, the higher
the breaking tension (figure 8).

Only the hard adhesives fulfil the requirements
(A1≥10 MPa and A4 ≥ 4 MPa) and correlate to the results
of table 4 (A6050 B0). An influence of the potlife cannot
be observed. Delamination tests were not carried out on
the basis of poor results.

25

3.4 Influence of the polyol

20

The change of the polyol to a polyetherester polyol (C)
resulted in an increase of the viscosity (figure 10).

15

100'000
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shore D after 7 days

80

Figure 8: Breaking tension vs. shore D after 7days, ● = slow
and ○ = fast.

These materials were applied on beech (340 gsm) and
stored under A1 (7days 20°C, 65% RH) and A4 (7 days
20°C, 65% RH, 6 h boiling water, 2 h 20°C water, tested
wet) conditions (figure 9).

viscosity / mPas

σ / MPa

10

10'000

1'000

0

10

20
30
Filler content / %

40

50

Figure 10: viscosity (Brookefield at 20°C) vs. filler content of
● = C-B0 combinations.

The pure polyol C has a viscosity of 4030 mPas, by
adding the additives and only 15% of filler into the
polyol, the viscosity only changed marginally to
4380 mPas. With the highest amount of filler, a viscosity
of 46000 mPas was reached for the polyol mixture
C6020. This is one and a half times as high as the
viscosity of the best formulation with the polyol A
(A6050, viscosity = 32000 mPas @20°C). The
polyetherester polyol components provide much stiffer
polyurethanes with shore D values up to 80 and higher
(figure 11).
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Figure 11: Shore D of ● = C6020 B0, ○ = C3020 B0,
■ = C1520 B0 and □ = C0020 B0 over time.

The influence of the filler on the shore D values shows
very well on the 7 days value, the more filler is used, the
higher are the shore D values (figure 12).
84.5
84

shore D 7 days

83.5

81
82
83
84
85
shore D after 7 days
Figure 13: tensile strength vs. shore D after 7days of ● = C-B0
combinations.
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But nevertheless, these materials show much higher
breaking tensions than the formulations with polyol A
(figure 8), which is promising towards the adhesive
properties. The higher viscosities of the C-formulations
should reduce the penetration into the wood surface and
thus the adhesive force, but surprisingly higher bond
strengths were achieved. For the small glue line thickness
of 0.1 mm, the set points after A1 storage are exceeded
with all four polyol formulations (Figure 14).
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Figure 12: Filler content of ● = C-B0 combinations vs shore D
after 7 days.

These formulations show breaking tensions in the range
of 20 to 28 MPa and deformation at break (values not
shown) in the range of 5%. A clear correlation between
the filler content and mechanical properties of the formed
polyurethanes was not found. There was a large standard
deviation by bubbles in the specimens (figure 13).
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Figure 14: tensile strength with a glue line thickness of 0.1mm
vs. shore D after 7days, ● = A1- and ○ = A4-storage.

After A4 storage only the formulation with 15% filler fails
with a value smaller than 6 MPa. The formulations with
the highest and the lowest filler amount were tested for
delamination on spruce after curing for 7 days before
delamination procedure started and compared with the
best formulation with polyol A (figure 15).
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The change of the polyol from A to C resulted into a
significant decrease of the delamination as desired. The
best formulation (C0020) shows only a delamination of
6% on spruce, which is very close to the required less than
4% [11]. Surprisingly, this formulation shows a lower
shore D value (80D) than the C6020 with 14%
delamination and a shore D value of 84. These results
contradict the observations, the higher the shore D, the
less is the delamination on spruce (figure 5). However, the
adhesive properties to hardwood is crucial. Therefore, we
tested the polyetherester polyol adhesives for
delamination on beech (figure 16), cured for 7 days.
100
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Delamination / %
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70
60
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40

40.0
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79
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84

85

0.0

Figure 17: tensile strength and delamination on beech vs.
shore D after 7days, ● = A1-, ○ = A2- ■ = A4- storage and
□ = delamination on beech.

The higher the values after A2- and A4-stress, the lower
the delamination. This is a knowledge which minimize the
test effort for further investigations clearly and has to be
proven in further investigations. But why the formulation
C3020 and C1520 show such bad delamination properties
and tensile strength after wet storage? The formulation
with more and less filler yield better results, therefore, the
amount of filler is not the deciding parameter. By keeping
the isocyanate index constant, the mixing ratio and the
amount of isocyanate B0 was varied. Thus the network
features appear to have greatly changed, although the
difference in the recipe between C1520 and C0020 is very
low. The difference in the amount of B0 used with this
polyol formulations are only 4 % (45.5 % B0 used with
C1520 vs. 50.5 % used with C0020). Their viscosities are
also almost the same (figure 10). Reasons for the failure
could be the network properties of the adhesives, the
water resistance, small differences in sample preparation,
the quality of the wood or other factors. This has to be
investigated in further studies.

4. CONCLUSIONS
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60.0
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Figure 15: delamination of the different polyol formulations
with B0 on □ = spruce after 7days.
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Figure 16: delamination of the different CXX20 formulations
with B0 on □ = spruce and ■ = beech after 7days.

The formulation with the highest filler amount shows the
less delamination on beech with 29 %, followed by the
pure polyol C with 49 % delamination. The other
formulations failed with 87 % and 100 % delamination.
These results are accompanied with the tensile strength
results (glue line thickness of 0.1 mm) after storage under
wet conditions (figure 17).

Different two component polyurethanes were tested
towards their material and wood adhesive properties. The
first system with the polyol A fulfil the testing according
to EN 14525, but fail in the delamination testing. By the
variation of the isocyanate component, the filler content,
the rate of reaction and the polyol, better delamination
values and bond strength could be achieved. The choice
of the polyol is the most important factor to obtain good
adhesive properties. As part of these investigations, the
shore D measuring method has proved to be a powerful
tool to roughly divide the tested polyurethanes with
respect to their adhesive properties. The higher the
achieved shore D values, the higher the bond strength and
lower the delamination. The next steps to understand the
results, are studies regarding the network properties of the
adhesives. These properties can be influenced by the
choice of additives like chain extenders, fillers and
catalysts. The control of the network characteristics
influenced the cohesive behaviour of the adhesive
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significantly and is the key to optimize their properties.
Further investigations need to be done and are in progress.
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Characterization of the ageing process of one component polyurethane moisture
curing wood adhesive
Gaspard Clerc, Thomas Volkmer, Frédéric Pichelin, Peter Niemz

ABSTRACT: The aging resistance of five different one-component polyurethane (1C-PUR) adhesives with different
mechanical properties has been investigated. The glue layer has been modeled as a superposition of three different
layers representing the pure adhesive layer, the interaction layer between the wood and the adhesive and the plain wood
layer. The modification of the mechanical properties of each layer was studied with a specific specimen for each layer.
Also, a comparative analysis between natural and artificial weathering was conducted. The artificial weathering consists
of a cyclic hydro-thermic treatment (treatment A5 according to DIN EN 302-1). The influence of a long time (5
months) mid-range temperature (70°C) treatment was tested. Generally, the strength properties of the samples decreased
with the duration of the artificial weathering. However, significant differences were observed between the adhesive of
the same system, especially during the temperature treatment. The chosen method found that in the majority of cases,
the wood is the weak layer in the bond line. Therefore, for moisture and temperature solicitation, there are no reasons to
doubt the durability of the 1C-PUR glue layer for 20-30 years of use. Nevertheless, further investigations are needed to
better characterize the life expectancy of the wood and adhesive interface layer and to establish the influence of
parameters, such as UV-radiation, wood extractives and moisture-induced stress, on the life expectancy of the bond
line.
KEYWORDS: Adhesive for wood, aging, polyurethane, lap shear strength

1
INTRODUCTION
The use of high-performance wood adhesive has
currently become essential for the development of a
competitive wood industry. Among the modern wood
adhesives, the use of 1C-PUR adhesive is increasing.
In comparison to more traditional adhesive systems (UF,
MUF and PRF), 1C-PUR have numerous advantages
according to Lehringer et al. [1], such as 100 % solid
content, no VOC and ease of use.
The literature on the analysis of the ageing process of
1C-PUR adhesive is currently limited to the study of one
parameter in a relatively short time period.
The moisture resistance of 1C-PUR adhesive has been
investigated by Kläusler et al. [2]. In a high humidity
environment, the tensile strength and Young’s Modulus
of 1C-PUR adhesive decline rapidly. However, this
decrease is only temporary because the mechanical
properties of the films at standard humidity after
reconditioning are even higher than before.
The temperature resistance of 1C-PUR depends vastly
on the adhesive formulation Clauss et al. [3, 4]. For the
majority of the polyurethane adhesive, a decrease in the
mechanical properties can be observed at 70°C. The
influence of the natural ageing process on the
mechanical properties of PUR has been investigated
during a relatively short exposure duration by Schnider
et al. [5]. After 3 months of natural ageing, no significant

loss of the mechanical properties was observed. These
studies only focus on short-term investigation, leaving
the effects of long-term exposure on the ageing
parameters relatively unknown.
Finger et al. [6] examined the effect of a ten year natural
ageing exposure on several wood bridges in Europa
glued with modern adhesive (PRF, 1C-PUR). No
significant loss of the mechanical properties was
observed. Rug et al. [7] investigated historical (ca. 100
years old) wood timber element glued with casein glue.
The mechanical properties of the glue joints were
sufficient according to literature references, despite the
sensitivity of the casein glue to the hydrolysis reaction,
according to Müller et al. [8].
The ageing process of the bond line can be accelerated
by artificial weathering. For example, Follrich et al. [9]
investigated a long-term aging method based on the
ONR 2914723 (2004) guideline. Their results show
relatively little difference between the reference climate
and after 24 cycles. However, cracking of the samples
was found due to the abrupt climatic changes. The
results from such investigation are difficult to interpret
due to the combination of different aging parameters
tested together. Therefore, the method chosen for this
paper is based on a division of the ageing parameter to
identify hypothetical degradation caused by a specific
parameter.
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Table 1: Main physical properties and optimal gluing
parameters of the used 1C-PUR according to the adhesive
manufacturers. Values in brackets were chosen for the bonding
process.

1

Viscosity
[mPas]
10,000

Density
[kg/m3]
1,340

Pressing
time [h]
0.5

2

24,000

1,160

>1.5

3

1,500

1,110

3-6 (5)

4

10,500

1,150

5

5,000

1,100

1.5-3.0
(3.0)
-

Adhesive

Pressure
[MPa]
0.2-0.8
(1.0)
0.6-1.0
(1.0)
0.1-0.8
(0.5)
0.6-1.0
(1.0)
-

This paper describes the parameters that are susceptible
to the influence of the ageing process of 1C-PUR
adhesive. The influence of these factors has then been
tested on three kinds of sample to determine the effect of
the ageing process on the three adhesive layers, as shown
in figure 1. The subdivision of the bond line into three
different layers has been performed according to the
model developed by Habenicht [10].
This paper also compares the results obtained with an
artificial ageing process and the results obtained with a
natural ageing process. The differentiation is based on
the modification of the mechanical properties of the
samples. Finally, the aim of this study is to examine the
ageing process of 1C-PUR adhesives and to establish
new methods to test the ageing of different adhesives.

provided in the table 1. The glue application was always
one-sided. The bonding process was conducted
according to the value in the brackets shown in table 1.
Additional information about the gluing of adhesive 5
can be found in Schnider et al. [5].
2.3

PRODUCTION OF THE SPECIMEN

Three types of sample were manufactured: the glued
wood sample, the adhesive film and the plain wood
sample.
The division of the bond line in three different layers
presented in figure 1 is based on the following
modelling: the plain wood section was modelled by plain
wood samples. The pure cohesive adhesive layer was
modelled by the adhesive film samples. The interaction
between the wood and the adhesive layers was modelled
by the glued wood samples.
The manufacturing of the glued wood samples was
performed according to DIN EN 302-1 [11]. The
manufacturing of the adhesive film was done according
to EN ISO 527-1 [12]. The geometry of the wood sample
is shown is figure 2, and the geometry of the adhesive
film sample is shown in figure 3. These wood and
adhesive samples were all exposed to the same artificial
weathering.
The beech wood used for the manufacturing of all
specimens was stored under standard conditions (20°C,
65 % RH) until reaching constant mass. To avoid an
aging of the wood surface before the bonding process,
the boards were planed to 5 mm immediately before the
gluing.
The same manufacturing process was used for the
production of the plain wood samples except that the
wood section in this case was continuous. The same
geometry as for the glued wood sample (figure 2) was
used.
5 ± 0.1 mm

5 ± 0.1 mm

Figure 1: 1C-PUR bond line and corresponding model of the
glue layer according to Habenicht [10].

2
Material and Method
2.1
WOOD

10 ± 0.1 mm

150 ± 5 mm

The wood species used for the bonding was Beech
(Fagus sylvatica L.) with an average density of 686 ± 46
kg/m3 at a moisture content of 12.6 ± 1.2 %. Beech wood
has a low content of extractives (to avoid chemical
interaction with the adhesives) and a high tensile
strength compared with the commonly used wood in
timber engineering in Europe, such as Spruce.
2.2

ADHESIVE

Five 1C-PUR from different manufacturers were tested.
The main physical values and the optimal gluing
parameters according to the adhesive manufacturers are

20 ± 0.1 mm

Figure 2: Geometry of the wood sample according to DIN EN

302-1 [11].
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the samples was tested after 0, 1, 2, 3, 4, 5, 48 and 60
months of natural weathering, according to DIN EN 3021 [11]. The results up to 5 months can be found in
Schnider et al. [5].

Figure 3: Geometry of the adhesive samples according to EN

ISO 527-1 [12].

2.4

ARTIFICIAL AGING METHODS

The ageing parameters were chosen according to DIN
50035 [13]. The relevant ageing parameters for this
paper are a moderately high temperature for long term
ageing simulation and a combination between humidity
and temperature.
The reference value was established according to
treatment A1 described in DIN EN 302-1 [11].
Treatment A1 simply consists of the storing of the
samples under standard conditions until the mass is
constant.
Temperature The samples were exposed to a dry oven
temperature of 70°C for 5 months. The mechanical
properties of the sample were tested after 1 week, 1
month, 3 months and 5 months. After the thermal
treatment and before the testing, the wood and adhesives
samples were stored under standard climatic conditions
(20°C/65 % RH) until the mass was constant.
2.4.1
Moisture and Temperature
The effect of moisture combined with temperature was
tested according to the DIN EN 302-1 [11] weathering
method A5. Treatment A5 can be summarized in the
following steps:
- The samples were placed into boiling water for
6 hours
- The samples were placed into water at 20 ± 5°C
for 2 hours
- The samples were stored under standard
conditions (20°C/65 % RH) until they reached a
constant mass
The mechanical properties of the glued wood samples
were tested after 1, 2 and 3 A5 treatments after 1, 3 and
5 treatments for the film samples and after 1 and 2
treatments for the plain wood samples.
2.4.2
Natural Ageing – Total weathering (TW)
To compare the effects of artificial ageing with natural
ageing, different aged wood samples were also tested.
The boards (10 mm thick, two 5 mm thick lamellas, 300
mm length and 130 mm width) used for the production
of the total weathering samples were exposed to natural
weathering for 5 years. These boards were manufactured
with Spruce (Picea Abis K.) and Beech (Fagus Sylvatica
L.). The bonding process was performed with adhesive 5
presented in table 1. The natural weathering occurred in
Zürich, Switzerland, as mentioned in Schnider et al. [5].
The samples were cut out of the lamellas according to
the geometry shown in figure 2. The shear strength of

2.4.3
Natural ageing – Partial weathering (PW)
To test the influence of the section dimensions under
different climatic conditions, glued laminated timber
elements (150 mm*300 mm*450 mm) with 6 lamella of
a thickness of 50 mm (as shown in figure 5) were stored
under three different climatic conditions:
- V – Partially exposed to weathering – outside
climate without direct exposure to rain
- E – Variable controlled climate
o 4 months at 20°C – 50 % RH
o 9 months at 20°C – 95 % RH
o 8 months at 20°C – 50 % RH
- CC – Constant 20°C – 95 % RH
The climate V was monitored during the time of the
experiment. The humidity and temperature observed
during this time are presented in figure 4, also the
theoretical wood moisture content (WMC) was
calculated according to Kollmann [15].

Figure 4: Temperature, humidity and theoretical wood
moisture content of the samples exposed to climate V.

The glued laminated timber elements were glued with
the adhesive 2, and the wood type was Beech (Fagus
sylvatica L.). The PW samples were cut from the timber
elements according to the figure 5. The determination of
the longitudinal shear strength was conducted in a
standard climate (20°C, 65 % RH).
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3
3.1

RESULT
INFLUENCE OF THE MOISTURE AND
TEMPERATURE
Adhesive 1

2.4.5

Determination of the tensile strength of the
adhesive films
The tensile strength was measured according to EN ISO
527-3 [14]. For the testing procedure, a Zwick/Roell
Z100 universal testing machine (500 N load cell) was
used. The longitudinal elongation of the specimens was
measured by a video extensometer system Mintron
MTV-1362CA. For each film, the width and the
thickness of the samples were measured. After applying
an initial preload of 0.1 MPa at a speed of 5 mm/min for
the correct orientation of the sample and its extensometer
marks, the grips were moved at a constant rate of 5
mm/min. The maximal tensile strength was computed as
the first yield point or after 30 % elongation of the
specimen. This limit was fixed according to the
limitation of the video extensometers measurements. The
Young’s modulus Et was computed between 0.5 % and 1
% elongation of the specimens with a regression method.
This specific method for the measurement of Et was
chosen as the best fit for the specific properties of
adhesives 1-4

Relative strength [%]

Relative strength [%]

Duration

Duration

Adhesive 3

Adhesive 4
Spe. B
Spe. A
Spe. VH

Relative strength [%]

Spe. B
Spe. A
Spe. VH

Relative strength [%]

2.4.4
Determination of the shear strength
The shear strength was measured according to the DIN
EN 302-1 [11]. For the test procedure, a Zwick/Roell
Z100 universal testing machine (10 kN load cell) was
used. The longitudinal elongation was measured with a
clip-on contact extensometer. The specimens were
placed into the testing machine directly after being
removed from the standard climate (20°C, 65 % RH).
The samples were loaded with a speed of 2 kN/min
according to DIN EN 302-1 [11]. The shear strength was
computed as the ratio between the maximal force and the
glued area. The width of the glued area was measured
for each specimen; the length of the glued area was fixed
to 10 mm. For each series, 20 samples were tested.

Spe. B
Spe. A
Spe. VH

Duration

Duration

Figure 6: Relative strength after A5 treatment of the film
adhesive samples (Spe. B), the glued wood samples (Spe. A)
and the plain wood samples (Spe. VH).

The relative strength was plotted in figure 6 against the
number of A5 treatments for each adhesive. The
decrease in relative strength is noticeable on four
adhesives. For adhesives 1-3, the relative strength of the
plain wood samples (spe. VH) decreases faster than the
glued wood (spe. A) and film samples (spe. B). Adhesive
4 presents a different pattern because specimen B
decreases faster than the specimens VH and A.
Therefore, the weak layer in the bond line is for
adhesives 1-3 in the wood cohesive layer, with the
exception of adhesive 4, where the weak layer is the
cohesive adhesive layer. This tendency is valid as
general trend when all adhesive systems are plotted
together (see figure 7).
Spe. VH
Fit Spe. VH
Spe. B
Fit Spe. B
Spe. A
Fit Spe. A

Relat ive St rengt h [ % ]

Figure 5: Manufacturing of the partial weathering
samples (PW) – Samples were glued using adhesive 2.

Adhesive 2
Spe. B
Spe. A
Spe. VH

Durat ion

Figure 7 : Relative strength for adhesive 1-4 after A5 treatment
of the film adhesive samples (Spe. B), the glued wood samples
(Spe. A) and the plain wood samples (Spe. VH).
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3.2

INFLUENCE OF THE TEMPERATURE

12
1
4
Durat ion [number of week]

Relative strength [%]

Relative strength [%]

Spe. B
Spe. A
Spe. VH

0

3.3

Spe. B
Spe. A
Spe. VH

0

20

12
1
4
Durat ion [number of week]

Adhesive 3

20

Adhesive 4
Spe. B
Spe. A
Spe. VH

Spe. B
Spe. A
Spe. VH

Relative strength [%]

Relative strength [%]
0

TOTAL WEATHERING – SAMPLES TW

Adhesive 2

Adhesive 1

12
1
4
Durat ion [number of week]

20

0

12
1
4
Durat ion [number of week]

20

Figure 8: Relative strength after the thermal treatment of the
film adhesive samples (Spe. B), the glued wood samples (Spe.
A) and the plain wood samples (Spe. VH). The time duration is
expressed in weeks.

The relative strength was plotted in figure 8 against the
duration of the temperature exposition for each kind of
sample. Noticeable differences were found between the
adhesives. For example, the adhesive 1 and 2 film
samples presented an increase in the relative strength
after 5 months of temperature exposure. Except for
adhesive 4, the decrease of the wood layer (specimen
VH) was faster than the glued wood samples and the
film samples. This tendency is valid as general trend
when all adhesive systems are plotted together (see
figure 9).

Figure 10 presents the evolution of the shear strength
and the density of beech and spruce samples after 0, 1, 2,
3, 4, 5, 48 and 60 months of natural weathering. The
shear strength of the beech and spruce samples remains
relatively constant throughout the experiment; however,
an important decrease of the beech density is visible
after 48 and 60 months. Due to the storage of the
samples during the experiment, one lamella was more
exposed to the weathering than the other. This lamella
exhibits a higher degradation due to fungi. Also, this
lamella is 0.6 mm thinner than the lamella not directly
exposed to the weathering. Due to weathering, the high
moisture content of this lamella allows the propagation
of fungi and the degradation of the wood components.
This degradation explains the lower density value after
48 and 60 months of exposure, as shown in figure 10.
The glue joint acts as a frontier between the two
lamellas, isolating the one not exposed to the weathering
from fungi propagation and degradation.
Despite the decrease in the beech density, the tensile
shear strength of the beech sample remains relatively
constant throughout the experiment. No significant
difference between the reference samples and after 5
years of weathering was observed. Concerning the
spruce samples, the density remains constant throughout
the experiment. Also, no significate difference was
observed between the reference sample and the sample
after 5 years of weathering.

Relat ive St rengt h [ % ]

Spe. B
Spe. A
Spe. VH

0

1

12
4
Durat ion [ num ber of week]

20

Figure 9: Relative strength trend for adhesive 1-4 after the
thermal treatment of the film adhesive samples (Spe. B), the
glued wood samples (Spe. A) and the plain wood samples (Spe.
VH). The time duration is expressed in weeks

Figure 10: Modification of the shear strength and the density
of the sample TW (Total weathering) glued with adhesive 5 for
5 years of natural weathering
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3.4

PARTIAL WEATHERING – SAMPLE PW

The climate of the sample partially exposed to the
weathering was measured with moisture and temperature
sensors. The theoretical wood moisture content was
calculated according to Kollmann [15]. Over the year,
the wood moisture content varies from 13 % during the
summer to 25 % during the winter.
The shear strength of the sample exposed to partial
weathering according to the different weathering climate
is shown in figure 11. No significant differences between
the series constant climate (CC), the outside climate (V)
and the variable controlled climate (E) were found. Only
a difference with the reference samples was observed.
However, this small difference is not significant because
the method used for the preparation of the specimen PW
(see figure 5) is different from the one described in DIN
EN 302-1 [11], which was used for the reference
samples.

Figure 11: Relative shear strength according to the different
ageing methods CC (constant climate 20/95), V (outside
climate, under roof), E (variable controlled climate) and
reference samples. The samples are glued with adhesive 2.
4

DISCUSSION

Generally, the wood degradation for the same weather
exposure increases more as the adhesive degrades. The
effect of the temperature has a significant role on the
mechanical properties of the bond line. The effect of
humidity alone is not determinant for the cohesive
properties of the adhesive, as shown by Kläusler [2].
Only adhesive 4 presents a higher decrease than the plain
wood specimen. The increase of the mechanical
properties after thermal treatment is due to a postpolymerization of the isocyanate groups. This
phenomenon has been observed by Clauss et al. [3] and
Kläusler et al. [16]. The variability in the same system is
considerable; significantly different reactions to
temperature exposure were obtained for relatively
similar 1C-PUR systems.
The testing method allows for distinguishing the effect
of different weathering parameters. The division of the
glue joint in three different layers and the test specimens
allows for a better understanding of the weathering effect
on each layer. However, the size of the wood element
and the weathering band width are significant parameters
that should be better characterized. Hassani et al. [17]
showed that the influence of the lamella thickness of the

three-layered Beech samples on the cracking behavior is
significant. For small sections, the moisture difference is
relatively small between the outside and the core of the
wood section, resulting in low mechanical stress in the
bond line, also allowing elastic deformation of the
sample. Niemz et al. [18] showed that with the higher
section, the moisture difference between the core and the
outside is larger and takes longer to equalize, resulting in
higher tension in the bond line and in the wood. Because
the wood layer is the “weak layer”, the size of this
element should be optimized for a given climate. The
reduction of the wood lamella size, for example, on
glued laminated timber could allow an elastic
deformation of the wood lamella without any cracking or
destruction, as shown by Hassani et al. [17]. This
approach has already been successfully applied by some
glulam manufacturers. However, this approach implies
more expense for the manufacturer because the loss of
material due to planning is larger.
The influence of several different weathering factors has
not been taken into account in this paper. For example,
the influence of UV radiation on 1C-PUR can be critical
and should be examined in further works. Also, the
chemical influence of the wood extractives on the 1CPUR remains unknown and should be investigated. The
influence of the swelling and shrinking process of the
wood due to climatic change and the effect on the bond
line ageing remain relatively unknown. Follrich et al. [9]
investigated this phenomenon with an ageing simulation
in three steps. The results showed that the wood
represents the weak layer, and a lower loss of the
mechanical properties was obtained for ductile
adhesives. However, this method induced considerable
moisture stress due to the rapid climatic changes,
inducing a high fracture percentage in the wood sample.
Also, no differentiation was made between the effect of
swelling and shrinkage, temperature and humidity. A
simulation of the swelling and shrinking phenomenon
should be conducted with a pure mechanical test to avoid
a superposition of the ageing parameters.
The method used in this paper is well-suited for
determining the influence of ageing on the cohesive
properties of the wood and adhesive layer. Due to the
difficulty in isolating the interface layer, the glued wood
samples are actually a superposition of the three layers.
Therefore, it was not possible to measure exactly the
influence of the ageing process on the interface layer. A
method for determining the strength properties of the
interface is missing and should be developed to make
more accurate estimations of the life expectancy of the
bond line.
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5

Conclusion

The chosen method allows:
- Determination of the modification of the
adhesive and cohesive properties of the bond
lines on specific specimens
- Determination of the effect of a precise ageing
parameter on the mechanical properties of the
bond line
The following points should be further developed:
- Determination of the influence of the wood
section dimensions for the given climatic
weathering
- The effects of UV, wood extractible and
moisture-induced stress on the bond line should
be investigated
- A more accurate method for determining the
properties of the interface layer should be
developed

6
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BONDING PERFORMANCE OF MODIFIED WOOD
Distinctive influence of plasma pre-treatments on bonding strength
Bernd Lütkemeier1, Johannes Konnerth2, Holger Militz3
ABSTRACT: Modified wood is characterized by altered material properties which are supposed to directly influence the
interaction between wood and an adhesive system. The scope of the current study was to gain knowledge on the bonding
performance of modified wood. Untreated and modified wood of both beech (Fagus sylvatica L.) and Radiata pine (Pinus
radiata D. Don) were utilized. The modified wood was heat treated or melamine treated. Further modification was
implemented by a plasma pre-treatment intending to activate the surface of the adherend. Bonding performance was
quantified by stressing adapted single lap joints to failure referring to DIN EN 302-1:2013 as well as by testing
delamination specimens following DIN EN 302-2:2013. Adhesive penetration patterns were visualized microscopically,
but did not reveal correlations with joint strength. The bonding performance of modified wood differed specifically in
dependence on wood species, wood modification and adhesive system. Additional plasma pre-treatments altered adhesion
properties contributing to either improved or deteriorated bonding performances.

KEYWORDS: atmospheric pressure plasma, bonding performance, delamination, melamine-urea-formaldehyde
adhesive, polyurethane adhesive, single lap joints, tensile shear strength, wood modification

1 INTRODUCTION
Within the last years new wood modification process
technologies with increasing market share were
introduced [1]. Biological and elasto-mechanical material
properties are altered by the modification processes.
Hence, bonding characteristics are influenced as well,
objecting traditional bonding expertise.
Therefore, adapted adhesive systems and bonding
procedures are necessary to introduce new innovative
products, e. g. window scantlings, into evolving areas of
applications [2].
Modified wood was believed to exhibit rather inferior
bonding properties, especially in connection with water
based adhesive systems [3]. In contrast, alternative
experiences proved the bonding performance of modified
wood to be as good as that of native wood, sometimes
even better [4]. Identified impact factors have to be taken
into consideration to explain this contradiction:
§ Wood: chemical and physical properties
§ Wood modification: chemical agents and
process conditions
§ Adhesive system: wetting, penetration,
curing and processing
§ Testing methodology: specimen geometry
and strain

1

Furthermore, studying the bonding performance of
modified wood may also contribute to a better
understanding of basic adhesion mechanisms on wood
[4].
The scope of the current study was to gain knowledge on
the bonding performance of softwood and hardwood
species which were heat treated or melamine treated.
Additionally, the adherend surface of randomly chosen
lamellae was activated by a dielectric barrier discharge
(plasma) at atmospheric pressure to study the impact of
plasma pre-treatments on bonding strength [5].
It was hypothesized that the bonding performance is
affected by the wood species and the modification system
(bulk and surface). Thus, the bonding strength was
quantified determining the tensile shear strength of
adapted single lap joints following [6, 7]. Moreover, the
delamination of watered specimens was measured
referring to [8].
Potential impact factors, e.g. adhesive penetration
patterns into the cell lumen, were evaluated
microscopically.
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1.1 WOOD MODIFICATION
Treated wood exhibits modified properties in comparison
to native wood, depending on the wood species, the
process parameters and the reagent solution [9].
Predominately, three main goals are pursued by wood
modification which are
§ higher dimensional stability,
§ enhanced biological durability and
§ stabilized optical appearance.
In contrast to traditional wood preservatives, wood
modification does not involve any biocides which are
added to the wood. Thereby, both utilization and recycling
are facilitated [10].
(Hydro-)Thermal, chemical, enzymatic or mechanical
process technologies are implemented for wood
modification to alter the chemical and physical properties
permanently [3, 10]. The mode of action within the cell
wall or the cell lumen depends on the type of modification
system and the process parameters. Five basic principles
of wood modification can be distinguished (Table 1):
(a)
§ filling of the cell lumen
(b)
§ infiltration of the cell wall
(c)
§ blocking of hydroxyl functions
(d)
§ cross-linking
(e)
§ degradation
Table 1: Basic principles of wood modification [11, 12].

a

b

c

d

e

Cross-linking and depolymerisation of polysaccharides
are typical reactions of the thermal modification. The
wood is exposed to elevated temperatures between 180
and 220 °C with defined levels of humidity. Almost 30
process technologies with varying treatment conditions
are known and partly introduced into the market [1, 10,
13, 14].
Alternatively, resin impregnation of wood changes the
wood chemically. In a first step, the wood is impregnated
under vacuum and pressure to fill the cell lumen of the
bulk wood, e.g. with an aqueous solution containing
phenols,
1,3-dimethylol-4,5-dihydroxyethyleneurea
(DMDHEU), furfuryl alcohol, acetic anhydride or
melamine [15–18]. In a second step, curing and drying is
accomplished at higher temperatures [10]. Intensive
curing conditions can modified the wood thermally, too.
Molecules of high molecular weight, e.g. wax
impregnation or high concentrations of solid contents of
reagent solutions, implicate an accumulation in the cell
lumen (principle a, Table 1) [19]. However, small sized
molecules penetrate into the swollen cell wall (principle
b, Table 1) and either react with hydroxyl groups of the
wood or they react among the reagent molecules forming
an immobilized molecular network [16, 20–22]. The nonleachable character of the cured resin is essential for the
performance in service [1]. The intensity of the
impregnation modification is defined by the WeightPercent-Gain (WPG), which quantifies the amount of

chemicals retained within the wood subsequent to the
process gravimetrically [10].
Some modification technologies, such as furfurylation
commercially
introduced
and
acetylation, are
modification technologies [1]. However, alternative
technologies, e.g. the melamine treatment, are not
implemented commercially in larger scale yet, mainly as
a consequence of higher costs [16, 21, 23]. In accordance
to the main goals, modified wood is rather used for
exterior applications. Non load-bearing products such as
claddings, fences, garden furniture, driven piles, doors or
window frames are available [13, 24]. The utilization of
modified wood for structural applications is a reasonable
extension of scope. Various structural elements require
adhesively bonded laminates. Thus, studying the bonding
performance of modified wood is of importance.
1.2 BONDING OF MODIFIED WOOD
Altered material properties are characteristic features of
modified wood which directly influence both adhesive
and cohesive strength. The impact of wood modification
on certain aspects of bond processing must be taken into
consideration:
§ adhesive flow, wetting and penetration
§ adhesive curing
The adhesive flow and wetting on modified surfaces
might be reduced, because blocked or inaccessible
hydroxyl groups decrease the surface (free) energy and
lower the potential adsorption of polar adhesives [4, 25].
Furthermore, the penetration of aqueous adhesive systems
into the bulk wood might be limited, since the capillary
water uptake of treated wood is reduced [16, 26, 27].
As part of the drying process extractives of wood can be
modified and relocated towards the surface. Thus,
adhesive wetting and curing can be inhibited chemically
[28, 29]. A reduction of hygroscopicity can further reduce
the absorption of adhesive solvents. Thereby, the curing
of waterborne adhesive systems can be decelerated
strongly [24]. Inhibition of adhesive curing also was
reported for polyurethane adhesives, due to a significantly
lower equilibrium moisture content (EMC) of the
modified wood [30]. Moreover, modified wood is often
characterized by lower pH-values which promote either
de- or acceleration of adhesive curing. Further acids can
neutralize alkaline hardeners or catalyse the curing
additionally. [24]. As a results, in some cases the
processability and, hence, the joint strength of bonded
modified wood is supposed to deteriorate considerably
[31].
In contrast, modified wood properties might also
contribute to a stronger bond durability. The bulking
effect caused by resin impregnations, the induced
hydrophobicity and intensive cross-linking between the
polymers of the cell wall enhance the dimensional
stability of modified wood significantly. Thereby, more
homogenous stress distributions within the bonded
assemblies are realized promoting higher bonding
strength in wet expositions [4, 32, 33].
Typically standardized testing methods are used to
quantify the bonding performance of modified wood.
However, both elasto-mechanical properties as well as
moisture related features are changed. Thus, specimen
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geometries and storage conditions prior to testing have to
be adapted according to the modified material properties
in order to determine the bonding strength of modified
wood adequately [7].
1.3 PLASMA TREATMENT OF WOOD
Plasma treatments focus on the functionalization of
surfaces without influencing the bulk material [34, 35].
The activation of surfaces is one of the main goals.
Nowadays, plasma technology is widely used in polymer
industry to activate surfaces for enhanced adhesion
properties, e.g. pre-treatment of plastic bags before
printing. Recently, the plasma technology has been
adapted to wood to enhance adhesion and wetting
properties, e.g. with polar liquids [5, 35].
Plasma is an ionized gas, which is also called the fourth
state of matter. The gas discharge is generated within a
high voltage electric field forming an electrically
conductive gas. Ions and electrons move freely colliding
with further gas atoms/molecules and promote an electron
avalanche. As a result, diverse reactive species interact
with surfaces in multiple physical and chemical reactions
modifying surface properties of the bulk material [5].
Various techniques exist to generate plasmas. They differ
in plasma source, basic setup and type of gas. The type of
discharge directly influences the degree of surficial
changes [36]. Furthermore, it is distinguished between
low and high pressure plasmas. The dielectric barrier
discharge (DBD) at atmospheric pressure, which is
classified as high pressure discharge, is particularly
suitable for wood modification. A dielectric barrier
between the electrodes confines the highly energetic
plasma state to prohibit excessive heat transfer. Thereby,
a cold plasma at room temperature without degradation of
thermally sensitive materials, such as wood, is realized
[5].
The reactive species within the plasma volume interact
with the wooden surfaces modifying it physically and
chemically. A DBD at atmospheric pressure operated with
air as process gas reduced the cellulose and oxidized the
lignin [37]. On the one hand, morphological alterations in
form of ablation, removal of contaminants or cell wall
etching were reported [38, 39]. On the other hand, the
creation of polar functional groups increased the O/C ratio
[35, 40]. Thereby, surface polarity and surface energy
were supposed to be enhanced. Furthermore, specific
plasma treatments are supposed to generate acidic
functions on the wood surface [41]. As a consequence,
wetting and adhesion properties of certain adhesive
systems are supposed to be modified. Morphological
changes enlarge the surface contact area between wood
and coating or adhesive, respectively, which might lead to
stronger mechanical entanglement [5]. Higher adhesion
strength of coatings and an improved bondability, e.g. on
modified wood, were demonstrated [35, 42, 43]. In
addition, an influence on adhesive setting could be
verified, because on plasma treated surfaces polyvinyl
acetate adhesive systems revealed a faster setting [44].

2 MATERIAL AND METHODS
2.1 WOOD AND MODIFICATION
Untreated and modified wood of beech (Fagus sylvatica
L.) and Radiata pine (Pinus radiata D. Don) were in focus
of this study. For modification the wood was heat treated
or melamine treated, respectively.
2.1.1 Heat treatment
Thermal modification of beech boards was implemented
by Timura Holzmanufaktur GmbH, Suedharz – OT
Rottleberode, Germany, according to the industrial Vacu3
process [14]. The pine boards were treated thermally by
Platowood B.V., Arnhem, Netherlands, according to the
industrial PLATO® process [45].
2.1.2 Melamine treatment
For the melamine modification an aqueous stock solution
of N-methylol melamine (NMM, Madurit MW840
75WA) with a solid content of approx. 75 %, supplied by
INEOS Melamines, Germany, was used. For
impregnation the boards were cut (1000 x 30 x 150 mm³,
l x r x t) and submerged into solutions of 30 % (beech)
and 20 % (pine) NMM solid content. In accordance to [16]
by using the following protocol typically full cell lumen
penetration is achieved: an initial vacuum phase of
approx. 0.006 MPa for 1 h and a subsequent pressure
phase of 1.2 MPa for 5 h. In a high-temperature dryer
curing was accomplished with a maximum temperature of
90 °C accompanied with injected steam for about ten days
realizing a WPG of approx. 25 % (beech) and 19 % (pine),
respectively. All untreated and treated boards were stored
at standardized conditions (20 °C / 65 % RH) until weight
equilibration was reached.
2.2 PLASMA PRE-TREATMENT
Immediately upon planing the surface of randomly chosen
lamellae was plasma treated at atmospheric pressure on
one side using an in-house constructed DBD reactor
(Figure 1).

a)
b)
c)
Figure 1: Sketch of the in-house constructed DBD reactor; a)
upper electrode, b) plasma volume, c) lamella.

The lamellae were positioned on the insulated ground
electrode which consists of an aluminium plate with a
covering float glass on top (4 mm thick) as dielectric. The
discharge gap between the plasma treated surface of the
lamellae and the upper electrode was 2 mm. The upper
electrode (85 x 145 x 28 mm³) was filled with bronze
powder and Al2O3 as dielectric (3 mm thick). It was
connected to an alternating high-voltage pulse generator
producing bipolar high voltage pulses with a duration of
approx. 1.9 µs and a repetition frequency of 17 kHz.
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Duration of treatment was 10 s. The flow of air was
adjusted to 200 l/min.
2.3 ADHESIVE BONDING
For adhesive bonding a two-component melamine-ureaformaldehyde adhesive (MUF) with a mixing ratio of 2:1
(adhesive and hardener) as well as a one-component
polyurethane adhesive (PUR) were employed. All
bonding processes were conducted according to the
manufacturers´ recommendations. Both adhesives were
applied manually on one side, with the MUF amounting
to about 440 g*m-² and the PUR amounting to about 250
g*m-², respectively. The open and closed assembly time
took altogether approx. 15 min. The adhered boards were
pressed in an automatically controlled hydraulic press for
six hours at room temperature with a specific pressure of
1 MPa. The assemblies were stored at 20 °C / 65 % RH
for four weeks.
2.4 EXPERIMENTAL
2.4.1 Tensile shear strength
The tensile shear strength (TSS) was determined referring
to [6]. Single lap joint specimens with adapted specimen
geometry were cut from the assemblies (Figure 2).

Figure 2: Sketch of the single lap joint specimen with adapted
geometry following [6, 7].

In contrast to the standard, the geometry of specimens was
changed by increasing the lamellae thickness to 10 mm
each instead of 5 mm. As a consequence of the wood
modification process, adaptions of the specimen geometry
are necessary to realize valid results [7]. Before testing,
specimens were stored at 20 °C / 65 RH. A Zwick/Roell
universal testing machine (10 kN load cell) was used to
stress the specimens position-controlled along the grain to
failure at an elongation rate of 1 mm*min-1. The TSS is
gained instrumented as main result of the mechanical
tests. The area of wood failure on the bonding surface is
determined visually for each specimen.

The specimens were stressed according to the treatment
instructions for adhesive systems of type I [46, 47]. A
watering step is followed by a drying step. The two steps
together define one cycle (Table 2). All specimens run
through the cycle three times.
Table 2: Treatment procedure for the delamination test [8, 46].

25 kPa
600 kPa
Submerged in
Water
10 - 25 °C
25 kPa
water
600 kPa
Dryer 100 kPa
65 °C
12.5 % RH

15 min
1h
15 min
1h
20 h

Immediately after the last drying step of the third
treatment cycle the delamination of bondlines was
measured visually on both end grain sections of each
specimen.
2.4.3 Microscopic analysis of penetration
For microscopic investigations small blocks (5 x 5 x 5
mm³) were cut from previously tested single lap joint
specimens out of the overlapping area adjacent to the
bondline. Cross sections were microtomed with a
Reichert-Jung sliding microtome. In order to increase the
contrast between wood and adhesive the surfaces were
stained by a 0.5 % safranin O solution or a 0.1 % Brilliant
sulfoflavine solution (CAS 2391-30-2, Chemos,
Regenstauf, Germany). An epi-fluorescent microscope
(Nikon Eclipse600, Nikon Instruments Inc., Melville,
NY) equipped with a B-2E filter block and 4x objective
were used to visualize the adhesive bondline. Up to six
single images were recorded (Nikon Software, NIS
Elements Br 4.10, Nikon Instruments Inc., Melville, NY).
2.4.4 Data analysis
R software was used for data analysis [48].

3 RESULTS AND DISCUSSION
3.1 MUF BONDING PERFORMANCE
The highest TSS of MUF-bonded single lap joints was
confirmed for beech wood (Figure 4).

2.4.2 Delamination of bondlines
The delamination was determined following [8].
Specimens (75 x 30 x 125 mm³, l x r x t) were cut from
bonded scantlings which consisted of three lamellae
(Figure 3).

Figure 3: Sketch of the cutting model for the delamination test.

Figure 4: Tensile shear strength of MUF-bonded single lap
joints. Dot-dashed line displays normative threshold [47].
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Both the heat treatment and the melamine treatment
reduced the bonding strength of beech and pine, which is
in line with [24] for heat treated wood. The strong
reduction of TSS of heat treated pine wood is mainly
attributed to lower elasto-mechanical properties [49],
which is supported by the high amount of wood fracture
and missing adhesion failure. No differences between heat
and melamine treated wood could be observed.
An additional plasma pre-treatment slightly influenced
the bonding strength positively, except for untreated pine
wood. In contrast, a tendency towards higher bonding
strength of plasma pre-treated pine veneers was verified
before by [50].
With respect to the typically indicated standard values for
delamination which is in the range of 5 % the
delamination values of MUF-bonded untreated beech was
quite high. Whereas no delamination was observable on
MUF-bonded untreated pine specimens (Figure 5).

bulking and only partly in the cell lumen [16], the level of
the EMC of melamine treated wood is comparable to the
one of unmodified wood [21] or the EMC is reduced only
marginally [54]. It is discussed intensely if the melamine
molecules just form an immobilized molecular network
within the cell wall without covalent bonding with cell
wall functionalities [21, 55, 56]. As a consequence of the
cell wall bulking and the melamine itself, more oxidized
functionalities on the adherend surface might be
accessible for adhesive molecules subsequent to the
plasma treatment. The basic concept of swelling wooden
cell walls to enhance bonding strength is pursued by
applying primers on the joints´ surfaces [57, 58]. Thus,
polarity induced interactions between adhesive and wood
and the melamine network itself, respectively, could have
further enhanced the bonding performance.
For evaluation the determined bonding performance of
MUF-bonded joints is displayed in relation to normative
thresholds [47] (Table 3).
Table 3: Bonding performance of MUF-bonded specimens
(arithmetic mean) in relation to normative thresholds [47]. A
TSS of 10 N/mm² and a delamination of 5 % are set as 1.

Test Species

untreated
heat treated
melamine treated
untreated
Pine
heat treated
melamine treated
untreated
Beech
heat treated
melamine treated
untreated
Pine
heat treated
melamine treated
Beech

Figure 5: Delamination of MUF-bonded specimens. Dotdashed line displays normative threshold [47].

Delamination also occurred on modified wood. The
dimensional stabilization is one of the major advantages
of the modification technology [10]. Hence, lower peak
stresses within the bondline are supposed to occur during
swelling and shrinking processes [4, 32, 33]. Nonetheless,
the bondlines between untreated and heat treated beech
delaminated similarly. Delamination on MUF-bonded
and thermally modified pine was strong. Highest
delamination was verified for melamine treated beech and
pine wood. Adhesion difficulties between the MUF
adhesive and the modified wood were obvious and no
enhancement of bonding performance, which could have
been induced by higher dimensional stability, was
verified.
However, plasma pre-treatments decreased the amount of
delamination on modified wood. A potentially positive
effect of plasma pre-treatment on adhesion properties
between aqueous adhesive systems and various wood
species has been reported [51]. In this study especially on
melamine treated wood the plasma pre-treatment
exhibited the tendency to increase the bonding
performance. Wetting and water up-take of melamine
treated wood are limited [26]. Plasmas are supposed to
enhance both surface wetting and liquid water up-take of
untreated and modified wood. Hence, an improved MUF
bonding performance could be attributed to enhanced
wetting properties [52, 53].
In addition, the availability of hydroxyl functionalities
might have influenced adhesion properties on melamine
treated wood directly. Although the melamine is supposed
to deposit mainly within the cell wall constituting the

TSS

Del

Modification

Untreated
surface
1.52
1.24
1.14
1.30
0.72
0.76
5.68
5.85
19.62
0.04
9.74
18.48

Plasma
treated
1.57
1.32
1.47
1.19
0.78
0.98
10.85
0.23
13.54
0.10
0
6.99

All tested MUF-bonded TSS specimens fulfilled
normative requirements, except for heat and melamine
treated pine wood. The bonding strength of melamine
treated beech is clearly lower than the TSS of untreated
beech. Nonetheless, subsequent to a plasma pre-treatment
the TSS of melamine treated beech is enhanced reaching
the bonding strength of untreated beech. Moreover,
melamine treated and plasma pre-treated pine wood
fulfilled the normative threshold.
In contrast, only a few collectives fulfilled the
requirements for delamination. Bondlines of untreated
pine wood displayed lower delamination than it is
required by the standard [47]. Based on the combination
of heat treatment and plasma pre-treatment of beech and
pine wood, only minor delamination was verified
fulfilling normative requirements.
The bonding performance might be attributed to specific
adhesive penetration patterns into the lumen of wood
cells. Thus, cross sections focussing the bondline were
evaluated microscopically. Images of MUF bondlines are
presented in Table 4.
No varying penetration patterns of MUF adhesive into
untreated beech and pine wood were observed. Heat
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treated pine wood exhibited deep and strong adhesive
penetration.
Table 4: Penetration patterns of the MUF into untreated and
modified beech and pine wood (magnification 4 x, scale: 500
µm).

Plasma treated

Beech
Pine
Beech
Pine

Melamine treated

Heat treated

Pine

Untreated

Beech

Untreated

observed. On the one hand, the bonding performance was
limited by reduced elasto-mechanical properties [62]. On
the other hand, adhesion between the PUR adhesive and
modified wood was improved, especially on heat treated
beech. Heat treated beech reveals higher amounts of
acidic acids which have been formed during the thermal
modification process [14, 63]. The vacuum stage during
the thermal modification process promotes the migration
towards the surface [14]. According to [61] acidic acids
might catalyse bonding reactions between isocyanates and
wood components.

No change of penetration patterns was determined
subsequent to the plasma pre-treatment. Hence, varying
bonding performances of MUF-bonded untreated and
modified beech and pine cannot be ascribed to individual
adhesive penetration patterns which is in line with [59].
3.2 PUR BONDING PERFORMANCE
PUR-bonded untreated beech and pine wood revealed
similar TSS, whereas the amount of wood failure was
much higher on untreated pine wood (Figure 6).
Predominant adhesion failure of beech wood might have
been associated with relatively lower amounts of
hydroxyl groups [60], since PUR bonding requires
hydroxyl functionalities of the wood to form urethane or
urea bonds [61]. The bonding strength of heat and
melamine treated beech was higher than on untreated
beech wood. Simultaneously, high amounts of wood
fracture on heat and melamine treated beech were

Figure 6: Tensile shear strength of PUR-bonded single lap
joints. Dot-dashed line displays normative threshold [46].

In contrast, the TSS of heat and melamine treated pine
wood was much lower, which is in line with [24].
Adhesion failure was low and cohesive failure of wood
was high. As mentioned before, heat treated pine wood is
characterized by strongly reduced elasto-mechanical
properties [49].
The TSS of untreated and modified beech wood was either
equal or lower subsequent to the plasma pre-treatment.
However, plasma pre-treatments on untreated and
modified pine wood had the tendency to enhance TSS
which was most obvious on heat treated pine. Pine wood
contains higher amounts of extractives, which can inhibit
adhesion properties [64]. Plasma induced oxidative
degradation, decomposition and removal of pine wood
extractives were reported by [40]. Hence, slight
enhancements of bonding performance as a result of a
plasma pre-treatment might be possible.
Delamination of PUR-bonded untreated beech was higher
than on untreated pine, whereby no delamination was
observed at all for the latter (Figure 7). Heat and melamine
treated beech and pine delaminated similarly as it was
determined on the respective untreated wood. Hence, no
melioration in terms of delamination was verified for
modified wood, although it is supposed to be
dimensionally stabilized reducing peak stresses [4, 32,
33].
Additional plasma pre-treatments increased the amount of
delamination in all cases. The negative effect of plasma
pre-treatments on the PUR bonding performance in wet
conditions was much stronger on beech than on pine
wood.
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that the impact of cell lumen penetration, especially in
distance to the bondline, only affected bonding
performance sparsely. As a consequence of molecular
weight, infiltration of PUR adhesive molecules in to the
wooden cell walls was unlikely [65]. Thus, no
stabilization of the boundary layer and no homogenization
of stress distribution which enhances the bonding strength
was to be expected [66].
Figure 7: Delamination of PUR-bonded specimens. Dotdashed line displays normative threshold [46].

Table 6: Penetration patterns of the PUR into untreated and
modified beech and pine wood (magnification 4 x, scale: 500
µm).

For evaluation the determined bonding performance of
PUR-bonded joints is displayed in relation to normative
thresholds [47] (Table 5).

All tested PUR-bonded TSS specimens fulfilled
normative requirements, expect for heat and melamine
treated pine wood. The highest bonding strength was
quantified on heat treated beech wood.
The plasma pre-treatment improved the TSS of heat
treated pine distinctly. Over all, only untreated, heat and
melamine treated pine fulfilled the normative
requirements in terms of delamination. In all cases,
plasma pre-treatments increased the amount of
delamination substantially.
Many cell lumen of untreated beech wood adjacent and in
distance of the bondline were penetrated by PUR adhesive
(Table 5). In comparison, the penetration into untreated
pine wood was reduced slightly. Also the cell lumen of
heat and melamine treated beech were filled strongly with
PUR adhesive. Heat treated pine exhibited deep adhesive
penetration into the bulk wood which is in line with [27].
Plasma pre-treatments slightly reduced the PUR
penetration. Moreover, an uneven distribution of empty
and filled cell lumen adjacent to the bondline was
observed.
The overall impact of varying penetration patterns on to
the bonding performance of PUR-bonded joints could not
be defined conclusively, because adhesion properties,
such as secondary chemical bonding features, might be of
greater importance [59]. Nevertheless, it was assumed

Beech
Pine

Beech

Pine

Untreated

Plasma
treated
1.39
1.47
1.46
1.32
1.02
0.80
16.25
14.76
18.76
4.13
1.55
1.34

Beech

Del

Surface
untreated
1.35
1.77
1.47
1.29
0.69
0.72
3.57
7.31
3.18
0
0.28
0.02

Plasma treated

Pine

untreated
heat treated
melamine treated
untreated
Pine
heat treated
melamine treated
untreated
Beech
heat treated
melamine treated
untreated
Pine
heat treated
melamine treated
Beech

TSS

Modification

Heat treated

Test Species

Melamine treated

Table 5: Bonding performance of PUR-bonded specimens
(arithmetic mean) in relation to normative thresholds [46]. A
TSS of 10 N/mm² and a delamination of 5 % are set as 1.

Untreated

4 CONCLUSIONS
The current study was implemented to compare the
bonding performance of untreated and modified beech
and pine wood. For modification the wood was either heat
or melamine treated. Additionally, the impact of surface
pre-treatments was investigated by activating the
adherend surface by means of a dielectric barrier
discharge at atmospheric pressure before joining.
The evaluation of both dry tensile shear strengths and
delaminations of MUF and PUR bondlines in wet
conditions elucidated distinctive bonding features.
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The bonding strength of modified wood could be as high
as or even higher than on untreated wood, e.g. PURbonded beech. Reductions of tensile shear strength were
attributed mainly to deteriorated elasto-mechanical
properties, e.g. heat treated pine, rather than to adhesion
problems. A tendency towards positive effects of plasma
pre-treatments could be verified for the MUF adhesive
and PUR-bonded pine. Microscopic analysis of bondlines
did not reveal any correlations between bonding
performance and adhesive penetration patterns into the
cell lumen.
Eventually, it was obvious that bonding performance of
modified wood varied distinctively in dependence on
§ wood species,
§ wood modification,
§ adhesive system and
§ surface treatment.
Hence, it is mandatory to determine and evaluate bonding
characteristics of modified wood in combination with
specific adhesive systems individually.
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ADHESIVE BONDING OF HEAT-TREATED WOOD
Milan Sernek1, Mirko Kariz2
ABSTRACT: This paper presents our experiences gained in the past decade regarding the bonding of heat-treated or
thermally modified wood. It was found through several studies that heat-treated wood can be sufficiently bonded with
most wood adhesives, but typically some modifications of the bonding process (e.g. a longer pressing time, necessary
water spraying) and/or adhesive (e.g. a higher solid content, additives) need to be made. The improved dimensional
stability of heat-treated wood, in general, improves the bonding performance, since the stresses due to shrinking or
swelling on the cured adhesive bond are reduced, but the shear strength of the adhesive bond is usually reduced due to
the lower strength of the modified wood and reduced adhesion to the modified wood surface.

KEYWORDS: Adhesive, bonding, heat treatment

1 INTRODUCTION 123
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Dry
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The heat treatment of wood, which is primarily used to
improve the durability and the dimensional stability of
wood, also causes some unfavourable effects such as
diminished strength and toughness. The improved
dimensional stability of heat-treated wood usually
improves the bonding performance, because the stresses
due to shrinking or swelling on the cured adhesive bond
are reduced. However, heat treatment can be expected to
cause significant changes related to adhesion, which
makes it necessary to adapt the bonding process.
Changes in the chemical, physical and structural
properties of wood after heat treatment can affect the
ability of adhesives to laminate the wood [1]. The shear
strength of bonded specimens of heat-treated wood
depends on the adhesive system used for bonding and
treatment of the specimens prior to testing (Fig. 1).
Strong adhesion between the adhesive and the wood is
achieved through appropriate adhesive flow, penetration,
wetting, and curing. Heat-treated wood is less
hygroscopic, which can alter the distribution of the
adhesive on the wood surface and the penetration of the
adhesive into the porous wood structure. The intensity of
water absorption from the waterborne adhesive could
affect the hardening process of the adhesive and
subsequently the quality of the adhesive bond.
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Figure 1: Shear strength of the adhesive bond of dry and wet
specimens of Norway spruce (NS) and heat-treated Norway
spruce (HTNS) bonded with melamine-urea-formaldehyde
(MUF), phenol-resorcinol-formaldehyde (PRF) and
polyurethane (PUR) adhesives [1]

Heat-treated wood accepts less water at a slower rate, so
the hardening of adhesives that cure by solvent removal
is slower. In such cases, it is necessary to adapt the usual
bonding process. When working with polyvinyl acetate
(PVAc) adhesives, the water content in the adhesive
should be minimized, and pressing time should be
extended, because of the slower water absorption rate.
The reduced equilibrium moisture content of heat-treated
wood (Table 1) can influence the hardening of adhesives
that need water for the curing reaction. This is significant
for one-component polyurethane (PUR) adhesive, which
cures slower when bonding heat-treated wood with a
smaller content of hydroxyl groups than non-treated
wood [2]. The problem can be solved by spraying water
on the surface of wood prior to bonding.
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Table 1: Equilibrium moisture content (EMC) of Norway
spruce (NS) and heat-treated (HT-NS) Norway spruce at
different relative humidity (RH) and temperature (T) [1]

Conditions
RH (%)
90
95
98

T (°C)
20
20
20

EMC (%)
NS
HT-NS
19.6
8.8
23.2
10.7
25.1
11.1

Several studies have shown that the wettability of wood
with water is decreased after heat treatment (Fig. 2). It is
evident that the contact angle was always smaller (better
wettability) in the case of the untreated control (C)
specimens, and larger in the case of the PlatoTM heattreated (PHT) specimens. Intermediate treatment (HyT)
also caused an increase in the contact angle. These
findings are in agreement with results obtained in
previous studies [3,4,5,6], which showed that the
wettability of wood with water is decreased (with a
larger contact angle) after heat treatment. This is mainly
because the surface of the heat-treated wood is
hydrophobic, less polar and significantly repellent to
water. Consequently, this might hinder waterborne
adhesives from adequately wetting the surface. Thus,
surfactant can be added to the adhesive mixture to
overcome this issue.
85
80

Contact angle (°)

75

Figure 3: A poor phenol-formaldehyde adhesive bond (left)
caused by extensive deposition of extractives on the surface of
Southern Pine (right) [4]

The pH value of wood is another factor which could
affect the bonding process, since the alkaline or acidic
nature of the wood surface could interfere with the
curing of the adhesive. Changes of the pH value of the
wood surface might retard or accelerate the curing of
adhesives, depending on the type of adhesive used for
bonding. Heat treatment results in a decrease of pH
(Table 2), which affects the curing of adhesives.
Table 2: pH value of heat treated wood [1]

Label
NS
PNS
PDF
PP
PB
PA

Heat treatment of wood
Norway spruce (control)
Plato treated Norway spruce
Plato treated Douglas fir
Plato treated Poplar
Plato treated Birch
Plato treated Alder

pH value
4.7
4.0
3.6
4.8
4.0
4.3

For instance, acetic and formic acids, present in the
wood after heat treatment, might neutralize the alkaline
hardeners used for phenol-formaldehyde (PF) resins and
hinder the adhesive hardening. In contrast, a low pH of
the wood surface could accelerate the chemical reactions
of acid catalysed amino resins: urea-formaldehyde (UF),
melamine-formaldehyde (MF) and melamine-ureaformaldehyde (MUF).

70
65
60
55
50
45
B-C

B-PHT

P-C

P-PHT

DF-C

DF-PHT

NS-C

NS-HyT NS-PTH

Specimen

Figure 2: The influence of heat treatment on the contact angle
of water for different wood species. B =Birch, P =Poplar, DF
= Douglas fir, NS = Norway spruce; C = Control, PHT =
Heat-treated, HyT = Hydro-thermolyzed (intermediate)

During the heat treatment of wood, extractives can
migrate to the surface and cause inactivation of the
surface or react with the adhesive (Fig. 3, right). Possible
consequences of surface inactivation due to the
migration of extractives can be that the adhesive fails to
wet and penetrate the wood; or that the adhesive bonds
to a thin layer of extractives (i.e. weak layer) on the
wood surface; or that the extractives dissolve into the
adhesive and impact the curing kinetics or make the
adhesive too viscous to be able to penetrate adequately
into the wood structure.

This study investigated the effect of the heat-treatment
temperature of the spruce wood on the curing of the
adhesive and on the performance of the adhesive bond.

2 EXPERIMENTAL
The spruce (Picea abies Karst) wood lamellas were
vacuum heat-treated in a processed developed by Rep
and co-workers [7]. An example of the heat treatment
procedure is shown in Fig. 4. Lamellas were heat treated
at five temperatures: 150, 170, 190, 210, 230 °C and
oven dried to dry state before and after heat treatment to
determine mass loss during modification. Modified
lamellas were then conditioned in a standard climate (T
= 20 °C, RH = 65%) to reach equilibrium moisture
content (MC) before bonding with adhesives.
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3 RESULTS AND DISCUSSION
3.1 PHYSICAL PROPERTIES OF HEATTREATED SPRUCE
It was found that the mass loss of wood was increasing
with the temperature of heat treatment (Table 3). The
mass loss in the case of lower thermal modification
temperatures (150 and 170 °C) was less than 0.8%,
whereas in the case of temperatures higher than 200 °C
the wood mass loss increased rapidly, and reached a
value of 9% at 230 °C.
Figure 4: Temperature profile during heat treatment of spruce
wood at 230 °C [2]

Three cold-setting adhesives with higher water resistance
were used for bonding: PVAc Rakol GXL 4, D4 class,
H. B. Fuller; PU Mitopur E20, Mitol d. d., and MUF
adhesive, Casco Adhesives AB. Lamellas were planed
prior to bonding to ensure a flat and fresh surface. The
application rate of the adhesive was 180 g/m². Bonding
of small laminated beams was carried out in a hydraulic
press (Fig. 5) at room temperature and pressure of 1
N/mm². Pressing time was determined with accordance
to manufacturer recommendations and extended because
of expected slower bonding of modified wood. Pressing
time of 60 min was used for PVAc, 90 min for the PU,
and 3 hours for MUF adhesive.

The equilibrium moisture content of the heat-treated
wood was lower than the moisture content of the nontreated wood and decreased with increasing thermal
modification temperatures. The moisture content of the
non-treated spruce wood was 10.9%, whereas the
moisture content of the wood with the highest degree of
thermal modification (HT 230) was only 4.8%. Wood
colour also changed with the severity of the heat
treatment (Fig. 6); consequently, the wood became
darker.
Table 3: Mass loss and moisture content of heat-treated spruce
regarding the temperature of modification [2]

Modification Group of
temperature specimens
[°C]
Control
Control

Mass
loss
[%]
0,00

Moisture content
in standard
climate [%]
10,9

150

HT 150

0,51

8,8

170

HT 170

0,73

7,7

190

HT 190

1,90

7,3

210

HT 210

3,43

6,0

230

HT 230

9,17

4,8

Figure 5: Lamellas during pressing in hydraulic press at room
temperature

Test specimens were cut out of the laminated beams for
evaluation of bond performance. The shear strength of
adhesive bonds was tested according to standard EN
392, where half of the specimens were soaked in water
for 24 h before testing to evaluate the water resistance of
bonds. Total and maximum delamination of the adhesive
bond was determined according to standard EN 391
(method B).

Figure 6: Wood colour differences between the lamellas
modified at different temperatures (from left to right, the
modification temperatures are as follows: control, 150, 170,
190, 210, and 230 °C) [2]

3.2 CURING OF ADHESIVES AND BOND
PERFORMANCE
The heat treatment of spruce wood affected the curing
process of the studied adhesives in the different ways.
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MUF adhesive cures the fastest with non-modified
wood, and the slowest with the most strongly heattreated wood. The results suggest that the modified wood
influenced the curing of the MUF adhesive with the
lower absorption of water from the adhesive and with the
modified chemical structure (indicated by the pH value)
of the wood. The pH value of the wood was reduced
with thermal modification, which was probably due to
the formation of acetic acid during this process. After 1
hour of soaking in water, the non-modified wood had a
pH of 5.05, whereas the TM 150 wood had a pH of 4.52
and that of the TM 230 wood was only 4.31. The
differences in pH between the samples with different
degrees of modification were not very significant but do
indicate a downward trend of pH with an increasing
temperature of thermal modification. The gel time
increased with the degree of thermal modification of the
wood in the case of all three used adhesives (PVAc, PU
and MUF).
The shear strength (fv) and percentage of wood failure
(WF) of an adhesive bond of the specimens bonded with
the PVAc adhesive are shown in Table 4. The shear
strength and wood failure of the PVAc adhesive bonds
decreased with an increasing degree of thermal
modification of the wood.
Table 4: Shear strength and wood failure of PVAc adhesive
bonds from wood heat treated at different temperatures [2]

Temperature
[°C]
Control
150
170
190
210
230

Dry specimens
fv
WF
[N/mm2]
[%]
9.09
100
8.62
100
7.72
100
8.40
99
4.96
82
4.30
50

24 h in water
fv
WF
[N/mm2]
[%]
2.58
43
3.43
54
3.03
85
3.02
77
2.04
44
1.41
18

Decreasing wood failure with thermal modification (Fig.
7) indicates that the adhesive did not cure in the same
way as in the case of the non-modified and modified
wood. The wood failure decreased with shear strength
after 24 h of soaking in water, which suggests reduced
adhesion and cohesion.

The shear strength of the dry PU adhesive bonds (Table
5) decreased with an increasing degree of thermal
modification of the wood, but this was mainly because of
the decreased strength of the wood (high percentage of
wood failure) and not because of the decreased strength
of the adhesive bonds. The shear strength and wood
failure of the PU adhesive bonds fell to half of their
initial values after soaking in water, but they increased
with the degree of modification of the wood. The reason
for this probably lies in the lower water intake and
smaller dimensional swelling of the heat-treated wood.
Table 5: Shear strength and wood failure of PU adhesive
bonds from wood heat treated at different temperatures [2]

Temperature
[°C]
Control
150
170
190
210
230

24 h in water
fv
WF
[N/mm2]
[%]
4.34
62
4.98
80
4.94
90
4.78
82
6.10
88
5.29
99

The shear strength of the MUF adhesive bonds (Table 6)
decreased with an increasing degree of thermal
modification of the wood more than the strength of the
PU adhesive bonds, but much less than the strength of
the PVAc adhesive bonds did.
The wood failure was always high. The shear strength of
the MUF adhesive bonds decreased to half of the
strength of the dry joints after soaking in water, and did
not change with the degree of thermal modification. In
the case of the wet specimens, wood failure remained at
100%. Thermal modification influenced the strength of
the wood, rather than the strength of the cured MUF
adhesive.
Table 6: Shear strength and wood failure of MUF adhesive
bonds from wood heat treated at different temperatures [2]

Temperature
[°C]
Control
150
170
190
210
230

Figure 7: Typical wood failure of PVAc adhesive bond for dry
specimens of non-modified wood (left) and TM 230 (right) [2]

Dry specimens
fv
WF
[N/mm2]
[%]
9.05
97
9.43
96
8.55
96
8.96
100
9.26
100
7.01
100

Dry specimens
fv
WF
[N/mm2]
[%]
8.23
100
8.38
98
9.28
100
7.52
98
6.88
98
6.33
99

24 h in water
fv
WF
[N/mm2]
[%]
4.74
100
4.46
100
4.85
100
4.35
100
5.09
100
4.68
100

Common to all the specimens was the fragility of the
adhesive bonds in the case of wood with a higher degree
of thermal modification. The higher the temperature of
the wood modification was, the more brittle a fracture
occurred, with less fibrous breakage.
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The effect of the heat-treatment of wood on adhesive
bond performance after soaking in water depended on
type of used adhesive. The shear strength and wood
failure of PVAc adhesive bonds decreased with
increasing temperature of heat treatment of wood (Fig.
8), which suggests lower water resistance of bonds from
heat treated wood and PVAc adhesive.
On the other hand, the shear strength and wood failure
for PU adhesive bonds increased with heat treatment.
This could suggest the positive effect of lower water
absorption in heat-treated wood on bond performance,
when more water resistant adhesive such as PU, was
used.

Table 8: Maximum and total delamination of the PU adhesive
bonds for different temperature of thermal modification [2]

PU
Group of
specimens
Control
HT 150
HT 170
HT 190
HT 210
HT 230

Delamination
Maximum
Total
[%]
[%]
2
8
2
4
0
0
0
0
0
0
0
0

Table 9: Maximum and total delamination of the MUF
adhesive bonds for different temperature of thermal
modification [2]

Figure 8: Wood failure vs. shear strength of adhesive bonds,
after 24 h soaking in water [2]

The delamination with the PVAc (Table 7, Fig. 9)
adhesive bonds exhibit high delamination, whereas with
PU (Table 8) and MUF (Table 9) adhesive it was small
and meet the standard requirements. Reason was
probably in testing method which includes drying at 6575 °C, which softens the thermoplastic PVAc adhesive.
The delamination test is intended for adhesives for
structural use, which was only MUF adhesive in our
research.

MUF
Group of
specimens
Control
HT 150
HT 170
HT 190
HT 210
HT 230

Delamination
Maximum
Total
[%]
[%]
0
1
0
2
0
0
0
2
0
0
4
5

Total delamination of the PVAc adhesive bonds was
high (Fig. 9), and increased with a higher degree of
thermal modification of the wood. The average total
delamination of the PU adhesive bonds of the nonmodified specimens was 2%, whereas it was 0% in the
case of the most highly modified specimens. The total
delamination of the MUF adhesive bonds was
comparable to the PU adhesive, and amounted to 0% in
the case of most specimens, except for the most highly
modified specimens (4%).

Table 7: Maximum and total delamination of the PVAc
adhesive bonds for different temperature of thermal
modification [2]

PVAc
Group of
specimens
Control
HT 150
HT 170
HT 190
HT 210
HT 230

Delamination
Maximum
Total
[%]
[%]
33
17
12
3
0
0
22
6
50
29
50
54
Figure 9: Examples of delamination of the PVAc adhesive
bonds for specimens from the TM 230 [2]
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The heat treatment of wood changes the characteristics
of the wood, thus affecting the curing of the adhesives
and bond performance. Adhesives cure more slowly, and
the shear strength of the adhesive bonds is reduced.
However, it is possible to bond heat-treated wood with a
proper choice of adhesive (adhesives that cure with a
chemical reaction) and at the adopted bonding process
(longer pressing times).

4 CONCLUSIONS
The effect of the temperature of the heat treatment of
spruce wood on bond performance was investigated. The
shear strength of the dry adhesive bonds decreased with
a higher degree of thermal modification. However, this
decrease was more pronounced for PVAc adhesive
bonds than for MUF and PU adhesive bonds. The
decrease was mainly because of the lower strength of
modified wood but also because of lower
adhesion/cohesion. After soaking in water, the shear
strength of the MUF and PU adhesive bonds dropped to
half the initial dry strength, whereas in the case of PVAc
reduction of adhesive bonds strength was higher. The
delamination with PU and MUF adhesive was small and
met the standard requirements, but the PVAc adhesive
bonds exhibited high delamination.
It can be also concluded that heat-treated wood can be
sufficiently bonded with PVAc, PU and MUF wood
adhesives, but typically some modifications of the
bonding process (e.g. a longer pressing time, necessary
water spraying) and/or adhesive (e.g. a higher solid
content, additives) need to be made.

5 ACKNOWLEDGEMENT
The authors would like to gratefully acknowledge the
financial support of the Slovenian Research Agency
within the framework of the research program P4-0015.

6 REFERENCES
[1] Sernek M., Boonstra M., Pizzi A., Despres A.,
Gerardin P.: Bonding performance of heat treated
wood with structural adhesives. Holz als Roh- und
Werkstoff, 66:173-180, 2008.
[2] Kariz M.: Influence of thermal modification of
wood on curing of adhesives and bond performance.
PhD Thesis, University of Ljubljana, SI, 2011.
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Simultan ous ond d radation and ond ormation durin
ormald hyd urin ith ood
Dani l J. Y ll
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ABSTRACT: Bonding of wood using phenol–formaldehyde adhesive develops highly durable bonds. Phenol–
formaldehyde is believed to form primary bonds with wood cell wall polymers (e.g., lignin). However, it is unclear how
this adhesive interacts and bonds to lignin. Through wood solubilisation methodologies, earlywood and latewood bonded
assemblies were characterized using two-dimensional 1H–13C solution-state nuclear magnetic resonance spectroscopy so
that chemical modification of the wood cell wall polymers, after phenol–formaldehyde resol curing, could be elucidated.
The results showed a marked depletion in native lignin and polysaccharide linkages via alkaline hydrolysis. What was
also found was formation of methylene bridges between phenol–formaldehyde moieties and lignin, suggesting that bond
degradation and bond formation occur at the same time during PF curing with wood.
KEYWORDS: Phenol–formaldehyde, wood cell wall, lignin, curing mechanism, nuclear magnetic resonance

1 INTRODUCTION 123
Phenol–formaldehyde (PF) adhesives have shown
excellent adhesion properties to wood ever since its
introduction in the mid-1930s. The mechanisms involved
in this adhesion may take the form of physical bonds (i.e.,
van der Waals, London, or hydrogen bond forces) and
chemical bonds between the wood and the adhesive. PF
has shown a strong tendency to enter the cell wall
micropore structure [1,2]. Therefore, molecular
interaction between PF moieties and wood cell wall
polymers must take place. Understanding this
fundamental interaction has been a tremendous challenge,
but is important for developing improved or new wood
adhesives.
In this paper, wood cell wall polymer reactivity is
delineated via structural characterization of earlywood
and latewood of loblolly pine after curing with PF
adhesive. Solution-state nuclear magnetic resonance
(NMR) spectroscopy of dissolved PF-wood sections are
analysed using a two-dimensional (2D) 1H-13Ccorrelation NMR experiment. The technique reveals
which native wood polymers are modified during the
curing process, and which wood polymer structures are
reacting with PF to form methylene bridges.

depending on the wood species. Lignin, the second most
abundant biopolymer on earth, comprises of approx. 1835% of wood, depending on the species. The cell wall is
made of several layers as shown in Figure 1 [3]. The
layers include primary wall (P), the secondary wall (S1,
S2, and S3), and in some species a warty layer (W). The
secondary wall is the most unique to wood and the most
substantial layer containing the most of the lignin in the
cell wall, followed by the middle lamella. The middle
lamella labelled “I” is an intercellular layer outside of the
cell wall.

2 LAYERED STRUCTURE OF THE
WOOD CELL WALL

Figure 1: n electron microscopic image o a late oo trachei
o inus ensi lora in cross-section

The wood cell wall is made up of three major polymeric
components: cellulose, hemicelluloses, and lignin.
Cellulose is the largest component, comprising 40-44%,
while hemicelluloses comprise between 15-35%,

Several models exist of how the secondary cell wall layers
might be portrayed at the nanoscale. Figure 2 shows one
of these models, first described by Kerr and Goring [4]. In

1

Daniel J. Yelle, U.S. Forest Service, Forest Products
Laboratory, Madison, WI, USA, dyelle@fs.fed.us
2 John Ralph, University of Wisconsin, Madison, WI, USA
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this model, the cellulose microfibrils are placed adjacent
to each other in groups, and surrounded by a layer of
hemicelluloses and a lignin/hemicellulose matrix. The
matrix is believed to allow for infiltration of certain sized
molecules or compounds, of which include low molecular
weight phenol formaldehyde moieties.

Figure 2: hypothetical mo el o the secon ary cell
epicte y err an oring

Figure 3: close-up o an - eam in cross-section sho ing the
arious components o a single pro uct
,
, a hesi es

4 THE PF CURING MECHANISM
The mechanism of alkaline catalysed PF curing (Figure 4)
is a two-stage reaction. The initial stage involves enolate
formation with resonance stabilized ionization of the 2-,
4-, and 6-positions of the phenol followed by methylol
formation via nucleophilic attack of the excess
formaldehyde. During the second stage, the temperature
is increased and the resols condense to form methylene
bridges via a quinone methide intermediate. Methylene
ether bridges are also possible during the first stage, but
with heat during the second stage these tend to revert to
methylene bridges [5].

all as

3 WHY STUDY WOOD ADHESIVE
BOND MECHANISMS?
Adhesives, like polymeric methylene diphenyldiisocyanate (pMDI) and PF, are used extensively in the
United States wood products industries. Distinguishing
which mechanisms contribute to the overall bond strength
(e.g., van Der Waals interactions, hydrogen
bonds,covalent bonds, etc.) has been quite elusive. To
formulate new adhesives for wood, we need unambiguous
approaches that clearly demonstrate the existence or
absence of covalent bonds between wood and adhesives.
Figure 3 is an example of a common I-beam (crosssection) that requires three different adhesive systems to
fabricate: pMDI for the oriented strand board (OSB), PF
for the laminated veneer lumber (LVL), and emulsion
polymer isocyanate (EPI) to bond the OSB to the LVL.

Figure 4:

typical mechanism o alkaline

catalysis

WOOD LIGNIN IN ALKALINE PF
Lignin is a phenolic polymer made up of mostly linear
phenylpropanoid units that are capable of reacting with
other phenols and hydroxymethylated phenols during
adhesive bonding. Figure 5 shows a typical chemical
structure of lignin in wood.
Isolated lignin studies have shown that under alkaline
conditions and ≥100 °C, phenolic β–O–4 linkages release
formaldehyde to give styryl ether linkages [6]. Phenolic
phenylcoumaran (β–5) linkages release formaldehyde in
a similar fashion to give stilbene linkages [7]. 13C NMR
spectroscopy showed that most of this released
formaldehyde ends up as the methylene bridge between
the guaiacyl units to give methylene bridges [8]. Nonphenolic β–O–4 units, exposed to alkaline conditions and
temperatures ≥100 °C, will cleave via an α-β- or β-γepoxide intermediate to result in arylglycerols [9]. Nonphenolic β–5 units exposed to alkaline conditions, and
temperatures above 100 °C, will be stable for the most
part [9]. Figure 6 shows reaction schemes for these
potential lignin hydrolysis and condensation reactions.
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phenolic β– units un er alkaline con ition
methylene
ri ge iarylmethane ormation ith guaiacyl lignin rom
release ormal ehy e c an epo i e ormation ith nonphenolic β– – units un er alkaline con itions

EXPERIMENTAL
.1 WOOD PREPARATION
Saturated loblolly pine cubes (20 mm)3 were microtomed
to give tangential earlywood and latewood sections (0.030
mm radial × 20 mm tangential × 20 mm longitudinal) and
equilibrated to a M.C. of 10%.
.2 PF RESOL RESIN
Table 1 shows how the PF was prepared. The cook was at
70 °C for 1 h, followed by 85 °C for 45 min to give final
viscosity of 3.7-4.0 poise. The PF reaction was monitored
every 30 min using thin-layer chromatography and
aliquots were removed from the resin at the 60 min, 90
min, 120 min, and 150 min times during the cook.
Table 1: PF Synthesis recipe

Figure 5:

epiction o the structure o lignin in spruce

PF
Portion
Phenol

1.00

Mass
(g)
10.00

CH2O

0.37

17.85

6.61

0.220

NaOH-1

0.50

1.12

0.56

0.014

NaOH-2

0.50

0.58

0.29

0.0072

Water*

1.00

Purity

Solids
(g)
10.00

Moles
0.106

2.97

* This water is made from the condensation reaction.

.2.1 GPC o th PF r sins
Gel permeation chromatography (GPC) was used to
characterize changes in molecular weight during the PF
cook. The analysis used a HPLC model 1100 (Agilent,
CA, USA) with refractive index and light scattering
detectors (Wyatt Technology Corp., CA, USA).
Dimethylformamide (DMF) was used with a Progel-TSK
G2000 (Sigma-Aldrich, WI, USA) column. PF resin
aliquots were dissolved in DMF and filtered through a 0.2
μm PTFE membrane before analysis. A 60-80 g/L
solution of PF in DMF was injected (5 μL) and eluted at a
flow rate of 0.500 mL/min.
.2.2 A li ation
The PF resin was weighed out onto the wood sections so
that the weight of the resin solids was approximately twice
the weight of the sections. The sections were then quickly
joined together, held at r.t. for 30 min (closed assembly
time), and cured at 140 °C. A control PF resin with a 120
min cook time was cured alongside the bonded
assemblies.
.3 NMR EXPERIMENTS

Figure 6: Reaction schemes o phenolic lignin su -units
showing: phenolic β– – units un er alkaline con itions a

Ball-milled PF-bonded earlywood and latewood
assemblies were prepared as previously described [6].
One sample (20 mg) from each milled assembly was
directly placed into a 5 mm NMR tube, 500 µL of DMSOwas added and was sonicated at 30 C. NMR spectra
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were acquired at the University of Wisconsin-Madison on
a Bruker-Biospin (Rheinstetten, Germany) AVANCE 500
MHz spectrometer fitted with a cryogenically cooled
probe as previously described [11]. Processing and peak
integrations was conducted using Bruker-Biospin
TopSpin software (Mac, v. 3.0). Volume integration of
contours was based on the lignin methoxyl contour as the
lignin methoxyl group is thought to be stable during
alkaline PF curing [12].

RESULTS AND DISCUSSION
.1 MOLECULAR WEIGHT DETERMINATION
Chromatograms of three PF resin aliquots (60 min, 90
min, and 120 min cook times) were determined. The data
for the chromatograms (based on the refractive index
data) are shown in Table 2. These data show two distinct
molecular weight groupings: between 10 and 13 min
(peak A) and between 14 and 18 min (peak B). At the 60
min cook time, most of the resin is made up of low
molecular weight phenolic methylols, like dimers,
trimers, and oligomers, giving an Mw of 0.5 kDa (peak B).
At the later cook times, higher molecular weight
condensed polymers dominate. For example, the 90 and
120 min cook time resins gave Mw values of 17.3 kDa and
187.3 kDa, respectively (peak A). From this data, it was
found that the condensation reactions increased in number
and rate once the 90 min cook time was reached, and
molecular weight increased dramatically once the 120
min cook time was reached. For example, peak A showed
that Mn and Mw increased four-fold and eleven-fold when
the cook time was increased from 90 to 120 min,
respectively.
Table 2:
Coo
tim
min

12

C analysis results ith arious cook times
Peak

Mn
(g/mol)

Mw
(g/mol)

Mw/Mn

A

Mass
Fraction
(%)
4.7

4,120

10,000

2.43

B

95.3

410

480

1.17

A

16.8

12,580

17,340

1.38

B

83.2

970

1,590

1.64

A

41.2

52,820

187,300

3.55

B

58.8

3,310

6,210

1.88

Note: The 150 min cook time resin was too viscous for GPC.

.2 DEGRADATION OF WOOD POLYMERS
Figure 7 shows the NMR spectra of the control earlywood
and the PF-bonded earlywood, as well as the control
latewood and PF-bonded latewood. The most frequent
native lignin linkages are β–O–4 (A), β–5 (B), and β–β
(C). From this study, it was evident that the most severe
depletion of lignin was seen with the PF-bonded
earlywood with all cook-time resins; all of the B and C
structures were cleaved via alkaline hydrolysis due to the
increased susceptibility of the cell wall to alkali, but some
of structure A remained. With the PF-bonded latewood,
there was clear depletion of the A, B, and C structures, but
less than in the earlywood showing that the more

constrained micropore structure in the latewood [13, 14]
most likely limited PF mobility into the cell wall matrix.
Polysaccharides, also have the potential to become
modified during the PF-bonding process. The NMR
spectra (Fig. 7) showed that the polysaccharides in the
earlywood were more heavily degraded and modified than
the latewood when bonded with PF. Complete removal of
the native 2- - and 3- -acetyl sidechains along
galactoglucomannan and partial removal of the 4- methyl-α-D-glucuronic
acid
sidechains
along
arabinoglucuronoxylan was evident for all PF-bonded
assemblies analysed.
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Figure 7: he si echain region o the - C-correlation
R
spectra sho ing early oo ithout
resin a early oo
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early oo on e ith
min
resin c early oo on e ith
min
resin
early oo on e ith
min
resin e late oo
ithout
resin
late oo on e ith min
resin
g late oo on e ith min
resin h late oo
on e ith
min
resin i late oo on e ith
min
resin j

.3 FORMATION OF CONDENSED LINKAGES
The formation of the methylene bridge (aryl—CH2—
aryl), is the most predominant linkage formed between PF
resins and methylolated phenolic moieties (i.e., phenols
from PF and guaiacyl units). The C5 position on a freephenolic guaiacyl end-unit is the only position available
in lignin for methylol formation under alkaline conditions.
From the NMR spectra shown in Figure 8, the cured neat
PF resin shows predominantly o-p and p-p methylenes at
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3.75/34.3 and 3.70/39.8 ppm. In the PF cured earlywood
and latewood, these o-p and p-p correlations are present
as well, but two fairly strong o-o methylene signals are
also seen around 3.75/29.8 and 3.71/29.7 ppm in the
earlywood and 3.74/29.8 and 3.71/29.7 ppm in the
latewood. These o-o correlations strongly suggest
methylene bridges from a lignin guaiacyl unit. Moreover,
the methylolated and condensed C5 positions on guaiacyl
units from lignin would convert from a tertiary carbon to
a quaternary carbon, which will affect the chemical shift
of the H6/C6 position on the guaiacyl unit ring. From the
NMR spectra shown in Figure 9 of the PF cured
earlywood and latewood, these new signals (labelled
A6/B6) have emerged being centered around 6.62/120.9
ppm that are assigned to new guaiacyl unit H6/C6
correlations. These contours give further evidence for C5
methylene bridges between guaiacyl units from lignin and
other phenolic moieties.

Figure 8: he aliphatic region o the
R spectra rom the
min cook time
cure ith early oo a
min cook time
cure
ith late oo
an
min cook time
c
hese spectra epict the ortho-ortho, ortho-para, an para-para
methylene ri ges

Figure 9: he aromatic region o the
R spectra sho ing the
early oo a late oo
min cook time
cure ith
early oo c an
min cook time
cure ith late oo
he
cure assem lies isplay
reacti ity ith itsel as
ell as reacti ity ith lignin

CONCLUSIONS
Earlywood and latewood from loblolly pine were bonded
with alkaline PF resol resin. The assemblies were cured,
milled, dissolved, and analysed using solution-state NMR
spectroscopy. The 2D 1H-13C-correlation experiments
showed that: degradation of the β-aryl ether and
phenylcoumaran linkages was more severe in earlywood
than latewood; condensed methylene bridges were formed
not only between methylolated phenols, but also between
lignin guaiacyl units at C5; simultaneous bond
degradation and bond formation may play a principal part
in the PF-wood adhesion mechanism.
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HOW ADHESIVE PENETRATION AFFECTS ON MECHANICAL
PERFORMANCES OF OSB
Hamidreza Edalat1, Mehdi Faezipour2, Volker Thole3

ABSTRACT: In this study, role of adhesive penetration pattern in mechanical performances of wood-based composite
were investigated. For this purpose, uniform oriented strand boards with specific structure were produced. The main
variable was strand moisture content. Internal bonding, tensile parallel to surface and three point bending were done as
mechanical properties. By using fluorescent microscopy, micrographs were captured from interphase region in core layer
and middle layer of the boards. In order to have a quantitative measurement, Elemental Counting Method (ECM) was
applied. Results showed that the higher moisture content increases the amount of penetration and could improve the
performances of boards. The amounts of resin penetration parameters in middle layer were higher than that of core layer.
Internal bonding and bending properties were improved with increase in amount and depth of penetration, but tensile
parallel to surface of the board decreased at high level of strand MC. It was found that the response of mechanical
properties to adhesive penetration could be different in a wood-based composite.
KEY WORDS: Resin penetration pattern, mechanical performances, wood-based composite, OSB, ECM

1

INTEODUCTION

Adhesive bonding have a critical role in production of all
WBCs. Generally a WBC is composed of two parts; wood
fractures and adhesive but in fact there is an important
third part; Adhesion. In production process for these
materials, the main goal is achieve to adequate adhesion.
This phenomenon could be studied is different scales and
depends on plenty of factors. Adhesion is directly affected
by contact area. The more contact area, the more
potentials for all probable adhesion mechanisms e.g.
Chemical, mechanical interlocking etc.
It has also been speculated that adhesive penetration
affects distribution of stress between adherents when
placed under load [2, 3]. When wood composite is loaded,
the stress transfers from each fracture to another one by
adhesion. This transfer is happen in interphase region. The
better stress distribution and transition, the better
mechanical performances of composite. Size and shape of
interphase region are dependent on adhesive penetration.
Adhesive penetration in straight bondline could be
determined with previous typical methods but in
particulate composite and in condition that the adhesive is
applied in spray, there are plenty of un-even bondlines
1

that makes difficult the quantitative measurements. The
elemental counting method (ECM) that was developed by
authors, was useful for these kind of composites [1]. This
method is based on four parameters that are taken from
counting of wood elements. FFN parameter states on
filled fibers number and could represent the area and
volume of interphase region. FVN parameter results from
counting the vessels which filled by resin. MPDf
parameter (maximum penetration depth in fibers) is the
number of filled fibers which were stacked perpendicular
to bondline and could be suitable criterion for penetration
depth. The last parameter is MPDr (maximum penetration
depth in rays) which were taken from counting the
quantity of adjacent fibers that are equal to the length of
resin filled part of the ray with highest resin penetration
[1]. In this study, with use of ECM, the amount of
penetration was measured in oriented strand board with
specific structure. The main scope of this study was
determination of how adhesive penetration pattern
influences on mechanical strengths.
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2 MATERIAL AND METHODS
The uniform strands produced from polar by using a 2800
mm diameter disc flaker and were dried to different
moisture content in three levels of 2, 6 and 10 %. As
bonding agent, phenol formaldehyde resin (Dynea 4976)
was applied 10% based on dry weight of strands. The resin
concentration was adjusted 50% and as a hardener, 2%
potassium carbonate (K2CO3) based on dry weight of
resin was added. Adhesive was applied by using a Walther
WA 500 gun on strands in a hexagonal rotational bin
(Figure 1).

perpendicular to surface were cut according to EN 319.
The specimen size of tensile test parallel to surface were
defined according to ASTM 1037 D. Because of specific
structure of boards, the bending test sample with length
equal to length of boards were not suitable due to
overlapping of strand that bring some concentrated voids
at middle of the sample and could make errors in
evaluating the bending properties of the boards. Therefore
the bending samples were cut with 120mm length, 20mm
width and 12mm thickness. For microscopy observations,
two samples were cut with 10mm length, 50mm width and
thickness of 12mm. These specimens were sanded by
using three grits sequences of 500, 1000 and 3000 to reach
to glossy surface suitable for reflecting fluorescent
microscopy observation (Figure 3).

Figure 1: Uniform strands after resin application.

The mats were formed by hand in wooden frame with
dimensions: 360 mm × 360 mm and 200 mm height. The
strands were overlapped with each other in length
direction as equal as 10 mm (Figure 2). This structure was
performed by using two thin metal plates which placed in
two series of groves along the height of the wooden frame.
The distance between blades was 0.5 mm more than
strands length. The strands were placed into the space
prepared between two blades and space between one
blade and frame body. After forming one layer of strands,
the blades were moved to other groves. This displacement
made 10 mm distance overlapping in parallel direction of
strands.

Figure 3: Microscopy specimens before and after sanding.

The amount of four penetration pattern parameters were
measured by using ECM in two location in thickness; core
layer at exactly center of thickness and middle layer at 3
mm distance farther from the core layer.

3 RESULTS
Results showed that the strand MC could significantly
effect on FFN, MPDf and MPDr parameters. In higher
content of strand MC, the amount of penetration
parameters except for FVN were increased.

Figure 2: Forming the strands by hand in wooden frame
equipped with two metal plates.

The boards were made with 650 kg. m-3 density and 12
mm thickness by using a laboratory Siempelkamp press
with 180 °C temperature and 60 kg. cm-2 maximum
pressure. The size of produced boards were reach to 290
mm by 290 mm after trimming. Samples of tensile test

FFN
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Figure 6: The amount of FFN parameter in different levels of
strand MC, at the core and middle layers of the boards
Figure 4: Adhesive penetration of PF in core layer strand with
6 % MC.

Figure 4 represents the penetration of FP adhesive in core
layer strands with 6 % MC. The penetration of similar
condition but in middle layer is showed in Figure 5.

Improvement in penetration is visible by more filled
fibers, filled and infiltrated vessels (blue arrows) and
filled rays (red arrows) in strand with 10 % MC. Strand
moisture caused improvement in penetration of resin in
core layer. The FFN parameter in core layer of boards
increased 57 % and 71 % from 2 % MC to 6 % and 10 %
respectively. Although in middle layer, this changes was
21 % and 38 % (Figure 6). The penetration of resin in the
middle layer of strands with 2 % and 10 % MC is
presented in figures 7 and 8 respectively. As figures
show, PF resin has more potential of penetration in strands
with higher MC.

Figure 5: Adhesive penetration of PF in middle layer strand
with 6 % MC.

Figure 6 shows FFN parameter influenced by strand MC
changes in different layers of the board. The FFN
parameter obtained from core and middle layers of boards
increased in 6 % and 10 % strand MC.
Adhesive penetration in middle layer were found
significantly more extended and deeper than core layer.
The magnitude of this improvement were 71 %, 32 % and
37 % at 2 %, 6 % and 6 strand MC respectively (Figure
6). This trend was found about MPDf and MPDr
parameters.

Figure 7: Adhesive penetration of PF in middle layer of
strands with 2 % MC.
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amount of strand with 6 % MC and 10 % MC was similar.
The MPDf parameter at 10 % strand MC in core layer was
more than that of middle layer (Figure 10).
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Figure 9: The amount of FVN parameter in different levels of
strand MC, at the core and middle layers of the boards

The FVN parameter had different results due to strand MC
changing with compare to FFN. As figure 9 illustrates, the
amount of filled vessels in middle layer are more than that
of core layer although the amount of this parameter in
both layer become closer in 6 % strand MC. The FVN of
middle layer in strand with 10 % MC was 196 percent
higher than that of core layer. This difference in strand
with 2 % MC was about 114 percent.
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The MPDr parameter represents the part of penetration
pattern that was formed in rays by filling with resin. The
amount of this parameter was almost similar in different
layers of the board although there was a small difference
in strands with 2 % MC. The MPDr reach to it higher
amount at 6 % strand MC but the increasing trend of this
parameter due to increase in strand MC is sensible (Figure
11).
By increase in strand MC from 2% to 6%, the amount of
IB strength improved as equal as 25 percent but with more
moisture, could not change significantly (Figure 12).
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Figure 12: Effect of strand MC on IB
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Figure 11: The amount of MPDr parameter in different levels of
strand MC, at the core and middle layers of the boards
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Figure 8: Adhesive penetration of PF in middle layer of
strands with 10 % MC.
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Figure 10: The amount of MPDf parameter in different levels of
strand MC, at the core and middle layers of the boards

Results showed the MPDf parameter in core layer
increases steadily by strand MC. In middle layer the MPDf

As illustrated in figure 13, by increase in strand MC from
2 % to 6 %, the tensile strength parallel to surface of the
boards reached to it higher amount with 39 percent
improvement and at 10 % MC it dropped down to the
lowest quantity.

Tensile Strength (N mm2)
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Figure 13: Effect of strand MC on tensile strength parallel to
surface

In case of MOR, strand MC has positive effect on
strength. There is an increasing trend in MOR quantity by
changing strand MC from 2 % to 6 % and 10 % and MOR
improvement was 9 and 39 percent respectively (Figure
14).
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Strand moisture significantly increased the resin
penetration. Penetration pattern changes were represented
by increase in the amount of filled fibers, rays and vessels.
The reason for this manner is maintaining the viscosity of
resin in condition with more moisture. In other words,
when wood fracture is dried, the ability of moisture
absorbance from adhesive increases. When resin losses its
water, it become thicker and the viscosity increases. This
change could prevent deep penetration in wood elements.
The effect of wood moisture is comprehensively
explained by Kamke and Lee 2007 [3].
Mechanical properties were improved by increase in area
and depth of penetration. It had been found that
penetration of adhesive could effect on stress distribution
between adherents [2, 3]. This study found similar result
in case of internal bonding and bending strength with
direct relation between penetration parameters amount
and strength. Although in case of IB, strength
improvement was significant between the boards made
from strands with 2 % MC and the other levels. In case of
bending strength the significant difference was found
between the board made from strand with 10 % MC and
the other levels. In case of tensile strength paralleled to
surface, the trend was different and this strength reached
to its maximum amount at 6 % strand MC. As it
mentioned before, the structure of board was specific and
strand were overlapped to each other in length. This
structure during the tensile strength parallel to surface
transforms the stress into the shear mode (Figure 15).

Strand MC

Figure 14: Effect of strand MC on bending strength

The results showed that with increasing in strand MC, all
mechanical properties improve steadily except tensile
parallel to surface.

4 CONCLUSIONS
By using the ECM method it was found that in middle
layer of produced OSB, the amount of penetration
parameters are greater than core layer except for MPDr.
Difference in penetration patterns amount may be due to
higher hydrodynamic pressure in middle layer and also
closer location to heat source that cause softening the
wood structure and make resin to fellow easier into the
substrate texture at beginning of the press cycle. In fact
the depth and area of interphase region of strands bond in
middle layer is more than core layer. This could be the
main reason for that the stress distribution and stress
transition are weaker in core layer and at result of tensile
test perpendicular to surface, failure is mostly happened
in this layer. In addition, as micrographs showed, the
bonded strands in middle layer is more collapsed with
compare to that of core layer due to higher hydrodynamic
pressure and be near to heat source. This matter could

Figure 15: Tensile test parallel to surface of the board.

Therefore it may be concluded that, when the material is
under the stress, interphase region distributes and
transfers the stress from one fracture to another one and in
shear mode with increase in penetration, the strength
improves at an optimum point (6 % MC) and after that,
extra penetration could decrease the shear strength
because the amount of resin in bond line decreases. But in
case of bending strength, the maximum amount was taken
at 10 % strand MC in this condition the FFN, FVN and
MPDf have their higher amounts. For IB, the optimum
condition of penetration pattern was accessible at 6 %
strand MC and after this level the improvement of strength
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was not significant. Although steadily rising trend in IB
amount could represent its dependence to interphase
volume. It may indicate two different manner of strength
due to increase in resin penetration and bond line.
Among four parameters, the FFN and MPDf showed more
methodical results due to strand MC changes than other
parameters. With respect to adhesive application method
that was sparing, the size and distribution of resin articles
were enough to fill fibers as smaller anatomical elements
of wood. In different levels of strand MC the numbers of
filled fibers were about 40 to 110 times of filled vessels
indicates higher capability of fibers for resin penetration
in condition in which the resin is applied in small droplets.
As results showed, FVN parameter did not have
methodical changes due to strand MC. Among four
penetration parameter, the MPDr showed less dependence
to panel thickness position in 2 % and 6 % strand MC.
This could be concluded that adhesive penetration into
this anatomical element could be influenced by
hydrodynamic press or distance to hot platen only in lower
amount of strand MC. In other words limitation of
adhesive penetration into the rays due to lower strand MC
(2 %) could be compensated by more hydrodynamic press
effect and less distance to heat source.
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SCREW GLUING ‒ THEORETICAL AND EXPERIMENTAL STUDY ON
SCREW PRESSURE DISTRIBUTION AND GLUE LINE STRENGTH
Katarina Bratulic1, Manfred Augustin2
ABSTRACT: Screw gluing (SG) is an alternative method for the pressure application during the adhesive bonding in
cases when hydraulic presses are not applicable. Since the pressure level obtained with screws is relatively low and
unevenly distributed it cannot guarantee an adequate glue line thickness over the entire surface. Understanding this
effect and choosing the parameters accordingly can reduce the risk of faulty glue lines. This paper sums up the relevant
theoretical and experimental research concerning this topic and gives an outline of the still opened questions according
this field. Calculation models and preliminary tests regarding the screw pressure distribution within the glue line are
discussed. Attention is also given to experimental methods for assessing the quality of glue lines in particular to shear
tests. The focus of this paper is set to the structural plate systems involving cross laminated timber (CLT) since the
CLT-plate thickness exceeds the restrictions for SG given in current Standards [1, 2]. Preliminary results confirmed the
leverage of stiffer/thicker coverings to level out the pressure differences in glue lines which is promising for further
optimization of the screw spacing in relation to the type and properties of (i) the timber elements, (ii) the screws and
(iii) the adhesive systems.

KEYWORDS: screw gluing, cross laminated timber, pressure distribution, ribbed plate, box cross-section, shear test

1 INTRODUCTION 123
One of the conditions for the effective bonding of two
timber elements is to apply a certain amount of pressure
on the bond line during the gluing process. This is of
importance not only to fix the components together until
the adhesive is cured but in particular to overcome the
uneven timber surfaces and thereby enable sufficiently
thin and uniform bond line over the entire glued surface.
Beside the commonly used hydraulic- or vacuum presses
the necessary contact pressure can be applied by means
of self-tapping partially threaded screws or nails. The
function of screws is thereby only in the pressure
application during gluing and in general they do not
contribute to the final load carrying capacity of the
structural member thus they can be removed afterwards.
However this is a time consuming work and therefore
not common in practice. SG is convenient for the
assembly of uncommon structural forms, local
strengthening of structural members on existing
buildings or on-site realization of big sized elements. A
few specific examples are shown in Figure 1 and
Figure 2.
However SG also implies several challenging factors on
the bond lines that need to be considered such as the
1
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relatively low and uneven screw pressure distribution
which is additionally affected by the rough surface and
distorted timber components, the reduction of screw
force during adhesive curing time and the environmental
conditions and moisture content in timber during gluing.
These factors set high requirements on the used
adhesives thus specifications given by adhesive
manufacturer need to be respected.
1

1
2

2
1 … covering

1
2 … counterpart

… glue line

Figure 1: Examples of screw gluing in CLT/Glulam:
a) ribbed plate and b) box cross-section

Experimental research showed that despite the
limitations SG can indeed ensure a good quality of bond
lines if the requirements listed in the current
standards [1, 2] are respected. However the thickness of
the plates is therein restricted to a maximum 50 mm. The
focus of the ongoing study on screw gluing as a part of
the project “focus_sts” at the Competence Centre
holz.bau forschungs gmbh in Graz is on the structural
systems concerning CLT whose minimum thickness
exceeds the specified restriction. The aim of this study is
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not only to examine if the given instructions [1, 2] can be
applied to these cases as well, but also to explore the
possibility of cost-effective improvements of SG in
terms of the increased screw spacing. For this purpose it
is important to evaluate the pressure distribution in the
bond line as an interaction between: (i) the size and
properties of the timber elements, (ii) the type of screws
and their spacing and (iii) the adhesive systems.
1.1 PARAMETERS AFFECTING SCREW
PRESSURE DISTRIBUTION
Before summarizing the current state-of-the-art on the
topic, some important parameters with reference to
screw gluing which influence the quality of bonding are
outlined. The emphasis is thereby given to the screw
pressure distribution which is, together with the adhesive
system, decisive for the bonding quality. The level of
pressure needs to be kept within the recommended
boundaries. This means that too high pressure can cause
the crushing of the surface cells or force out too much of
adhesive. On the other hand a too low pressure cannot
ensure uniform adhesive spread or sufficiently thin bond
line. For comparison the pressure recommended for the
fabrication of the Glulam elements ranges
from 0.6 to 1.0 N/mm2 according to ÖN EN 14080 [3].
However, this refers to the uniform pressure application
provided with hydraulic presses, while for SG additional
effects need to be considered.
Even though the parameters influencing the level and the
distribution of screw pressure are mostly interconnected,
they are arranged into one of three groups: timber
components, screws or adhesives.
1.1.1 Timber components
Certain wood properties, such as the timber density, the
moisture content or the surface properties (surface
treatment, cell structure and orientation of annual rings)
affect the bonding quality by influencing the wettability
and adhesive penetration.
The pressure distribution is influenced by the bending
properties of the covering and the response of the
counterpart, which depend on the width and thickness (w
and t) of the elements, Young’s modulus perpendicularand parallel to the grain (Ec,90 and Ec,0) as well as the
type of applied load (screws and their spacings). For SG
these parameters can be observed analogously to the
bending of the orthotropic plate under concentrated load:
the stiffer/thicker the plate the load will be distributed to
a larger surface but with a lower pressure.
Furthermore the level of the screw force is influenced by
the properties of the contact area between the covering
and the screw head, i.e. the density of the covering, its
compression strength (fc,90) and the surface configuration
(clear wood, latewood or knots). The moisture content
(MC) has also a certain influence on bending or
compression properties but since MC needs to be kept
within a small range according to adhesive requirements
its influence is at this point neglectable.
Another point are the possible distortions of timber
elements that need to be glued together such as twist,
bow or cup caused by shrinkage and swelling.
Discontinuities lead to irregular occurrence of gaps and

local contacts that make the formation of a uniform
distribution of pressure even more difficult. An example
of the dimensional tolerances when gluing with the gapfilling adhesive is given again in relation to the
fabrication of Glulam elements [3] where the allowed
deviation in thickness of a 1 m long lamellae amounts to
 0.2 mm. Regarding the lamellae width deviations are
restricted to a maximum 0.15% of width or maximum
0.3 mm. In relation to these tolerances, the roughness of
the contact surfaces caused by different surface
treatments (planing, sanding), which has the estimated
peak-to-valley height of roughly 140 µm [4] can be
neglected if gap filling adhesives are applied.
1.1.2 Screws
The level of the applied local force on the timber
surfaces is directly related to the diameter of screw head,
i.e. the pressed area and the timber resistance to pressure
perpendicular to grain direction. The pressure
distribution is influenced by screw spacing and edge
distances. For comparison the uniform contact pressure
enabled with hydraulic pressures amounts up to
1.00 N/mm2 while with screw gluing pressures only up
to 0.10 N/mm2 ÷ 0.20 N/mm2 can be reached. The
influence of parameters such as the thread length, the
length of embedded shank and sequence of tightening
remains to be analyzed.
Another point to consider is the relaxation in timber and
related reduction of the screw force during the adhesive
curing time. Möhler and Maier [8] studied this effect in
transversely pressed timber and reported considerable
reduction within the first three hours that amounts to
roughly 80% of the initial pre-stressing force of used
bolts.
1.1.3 Adhesives
Due to developments in adhesive technology a lot of the
aforementioned unfavorable effects can be significantly
reduced if a proper adhesive system is chosen. For
example the gap-filling adhesives are recommended [1]
for cases where lower pressures are expected, i.e. thicker
and uneven bond lines. Furthermore the hardening of
adhesive increases during its curing time which is in
reciprocal relation with the aforementioned reduction of
screw force. Thus adhesives with short curing time are
more suitable for SG method. Since the screw gluing is
also applied on-site the attention should be given to the
environment conditions as well as the moisture content
of the components at the time of gluing. Applying
pressure with screws is not instantaneous for entire
surface as the case with hydraulic presses so if larger
areas need to be glued by SG the open time of adhesive
should be kept in mind as well.

2 SCREW GLUING: STATE OF THE
ART
2.1 STANDARDS
As stated in DIN 1052_10:12 [2] the SG can be used for
local strengthening of structural members as well as for
the assembly of plate systems. Thereby the thickness of
the material to be glued is limited to 45 mm for solid
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timber and 50 mm for engineered wood products. The
moisture content of glued elements should not exceed
15 % and the difference in moisture between the glued
components should be less than 4 %. The conditions
during the gluing process should meet the requirements
given by the adhesive producer. Only self-tapping
partially threaded screws with a diameter d  4 mm
should be used providing that no screw thread is present
within the covering element. The minimum thread length
in the counterpart amounts to 40 mm. Furthermore the
maximum allowed area per screw amounts to
15000 mm2 and the maximum screw spacing is limited
to 150 mm. Only gap-filling adhesives should be used
for SG and the maximum tolerance in thickness of the
ribs is limited to 1.0 mm. Timber surfaces should be
planed or sanded at a maximum of 24 hours prior to

gluing. Generally the gluing of systems with panels that
exceed the previously mentioned thickness should be
carried out by manufacturers with an adequate
certificate.
ÖNORM B 1995-1-1 [1] is in agreement with DIN
1052_10:12 [2] regarding the allowed thickness of
covering elements, type and arrangement of screws and
the adhesive type. Additional requirements given in
ÖNORM B 1995-1-1 [1] are depicted in Figure 2. The
glue line thickness should not exceed 0.3 mm when gapfilling adhesives are used. The minimum characteristic
shear strength is limited to 3 N/mm2 and it should be
verified with the shear tests according to ÖNORM EN
14080 [3].

160
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140
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90
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80

90 100 110 120 130 140 150 160
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Figure 2: Review of the current Standards (in accordance with ÖNORM B 1995-1-1 [1])

2.2 EXPERIMENTAL RESEARCH
One of the fundamental experimental studies on the topic
of SG was reported by Brüninghof [5]. His research
included gluing by means of both nails and screws
inserted in a matrix of 8 cm and 12 cm. For the covering
material, laminated veneer lumber of beech (LVL) and
solid timber (ST) were used each with thicknesses of
either 18 mm or 30 mm. Glulam elements were used as
counterparts. Two adhesive types with different intensity
of gap-filling properties were tested. Elements were
glued together in the same grain direction whereby the
covering part was orientated with the “left” side in the
bond line. After the adhesive was cured samples
(50 x 50 mm2) containing the bond line were cut out and
tested to shear strength. A characteristic shear strength of
3.0 N/mm2 was defined as minimum required. Only
several samples with ST had a shear failure in the
interface which followed from insufficient adhesive
spread due to low pressures applied by screws. From test
results no combination of tested parameters nailingmatrix-material-adhesive could be underlined as the
dominant one. However, several important conclusions
were drawn. Test samples with LVL failed due to rolling
shear and therefore had a lower strength than SL.
Furthermore both tested matrices gave equally satisfying
results and so did both adhesive types. When comparing
the covering materials and their thicknesses the samples
glued with the thicker LVL gave better results than the

thinner ones. On the contrary samples glued with the
thicker ST had lower strength than the thinner ST. This
can be explained with the higher stiffness of LVL which
in combination with the higher thickness enables more
uniform contact pressure. On the other side the thinner
ST had low bending stiffness and can therefore more
easily overcome distorted components.
Another extensive study was reported by Kairi et. al [6].
Tests were done with Kerto-S assemblies using a
polyurethane adhesive. Research was divided into two
parts: in the first part specimens were glued together by
applying a uniform pressure. Series were thereby divided
according to pressure levels spanning from 0.01 N/mm2
to 0.80 N/mm2. The bond line thickness was measured
with a light microscope and the specimens were
subsequently tested to shear strength. Results showed
that the bond line thickness and the shear strength of the
series glued with low pressures (0.03 N/mm2 to 0.10
N/mm2) corresponded to the results of the series glued
with usual pressures for production (0.8 N/mm2). In the
second part of the research Kerto-S ribbed panels were
assembled by screw gluing using polyurethane adhesive
and partially threaded screws Ø6 mm with a head
diameter of 10.6 mm. Some of the parameters which
were thereby varied include: the screw spacing
(300 mm - 650 mm), the edge distances (100 mm 200 mm) and the amount of adhesive (200 g/m2 -

WCTE 2016 e-book | 550

300 g/m2). Specimens were cut out of the ribbed panels
and tested in shear. The combination of parameters
400 mm screw spacing, 100-150 mm edge distance and
amount of adhesive of 250 g/m2 was ranked as adequate
for enabling a good quality bond line. However for a
successful screw gluing the emphasis was given on the
surface quality, i.e. its roughness and flatness.

3 SCREW PRESSURE DISTRIBUTION
Beside the empirical study on the contact pressure, a part
of the project is also dedicated to its computational
analysis. The distribution of screw pressure at the
contact timber surfaces can be analysed using the
analogy with a soil-foundation interaction. To keep the
calculation simple, it is possible to adopt some
idealizations when modelling: (i) the foundation, (ii) the
soil and (iii) the contact layer between them. However,
when using the approach from soil mechanics a few
distinctions in relation to SG have to be considered.
3.1 COMPUTATIONAL APPROACH
The simplest analytical analysis would be the beam
(covering) on Winkler soil (counterpart). This approach
assumes a linear elastic behaviour of the timber
counterpart which is modelled as a set of closely aligned
vertical springs. The schematic representation of the
model and its relation to SG is shown in Figure 3. There
is no contact between adjacent springs meaning that the
vertical deformation of a spring is proportional to the
amount of the pressure acting on it. The Winkler model
is described with Equation (1):

EI

d 4 w( x )
+ kw( x ) =  q ( x )
dx 4

k (counterpart)
F/2
w0

k

ws/2

Figure 3: Schematic representation of beam on Winkler soil
and reference to SG

For more detailed analysis it was decided to perform a
FEM-analysis (elastic) using Dlubal RFEM 5.05.
Hereafter follows a suggestion on how to model the
internal compressive stresses induced with screws which
put the bond line into compression. This approach also
offers an insight into development of stresses in the
counterpart so the influence of the screw configuration
on pressure distribution can be analysed as well.

(1)

where EI = flexural rigidity of beam (covering),
w = displacement, k = soil modulus and foundation
modulus resp. (counterpart) and q = distributed load
(load applied with screws). Even though several
assumptions of the stiffness parameter k could be found
in the literature, it is advisable to verify it with
experimental tests. Furthermore, the width of the beam
needs to be estimated from the effective screw area since
the model regards to a beam.
Further developments of Winkler soil (e.g. Pasternak,
Kerr, Vlasov etc.) include also the shear component of
the springs which adds to complexity of the multi
parametric soil model [7].
F/2 (screw force)
EI (covering)

Regarding the covering part, various beam models (e.g.
Timoshenko beam) could be reconsidered, whereby the
precision of the model, but also its complexity, increases
by including additional shearing effects. Furthermore, to
analyse the pressure distribution also in the direction
perpendicular to grain, it is necessary to incorporate the
interaction between the bending deformations in both
directions, perpendicular and parallel to grain. Therefore,
for a better description of the model and actual
conditions of SG, the approximation should be
considered as an orthotropic plate loaded with
concentrated circular load.
Finally, when it comes to contact layer, the models
generally assume an ideal contact between the
components, meaning that the surface roughness,
distortions of the elements and dimensional tolerances
are neglected.
The analytical solution to the problem will get too
complex if all aforementioned improvements are to be
considered, so the starting simple model could be used
only for rough estimations.

a)

b)

Figure 4: RFEM model:
a) component parts of the model
b) example of stress distribution on the contact
surface

Figure 4a) shows the component parts of the model:
1 … screw head
2 … screw shank (loading simulated by thermal
contraction)
3 … screw thread + the contact volume
4 … covering
5 … contact layer
6 … counterpart
The screw is divided into three parts: (1), (2) and (3).
The internal compressive load on the contact layer is
induced by thermal contraction of the screw shank (2).
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Different cross-sections of the screw parts (1) and (3)
and also different characteristics of the timber
components (4) and (6) caused different tension stresses
on both ends of the shank (2). By varying the shank
length (2) the same level of stresses was attained on both
shank sides. The screw thread (3) and the contact layer
(5) are modelled as a contact volume so that different
interface conditions (smooth or friction) can be varied.
Therewith also the inability of contact layer to carry
tensile forces can be considered. The base of the
counterpart was modelled as a rigid surface support.
Figure 4b) shows an example of the stress distribution on
the contact surface. In any case, the accuracy of the
model needs to be verified with experimental tests.
3.2 EXPERIMENTAL METHODS ‒ TEST SETUP
Two test methods were selected for an estimation of the
contact pressure distribution between two timber
components: (i) the pressure measurement film and (ii)
the force sensing resistors.
In order to enable comparison of the experimental tests
with the discussed models the screw force was measured
with the developed load cells which comprised of four
strain gauges glued onto aluminium sleeve as shown in
Figure 5a). The load cells measure the applied force by
recording the change in resistance of the strain gauges.
They were calibrated on a universal testing machine
Zwick Roell and their accuracy amounts to
10 %  5 kN and 20 % < 5 kN. Furthermore, with the
load cells the reduction of force due to relaxation effects
in timber can also be measured.

3.2.1 Pressure measurement film
The pressure measurement films consist of two layers
with microcapsules of various sizes in between.
Microcapsules are filled with color and depending on
their size they burst at a corresponding pressure. This
means that at a higher pressure more capsules will burst
and the color gets more intense. Qualitative impression
of the screw pressure distribution can be attained by
placing such films between timber elements before
inserting the screws. For the present study, two film
types with different sensitivities (0.05-0.20 N/mm2 and
0.20-0.60 N/mm2) were used in each test. Films were
placed one on top of another and between two timber
components. The screws were then tightened and the
corresponding screw force was measured with the load
cells. After 5 minutes of applied pressure the screws
were removed. For each test also the temperature and the
relative humidity were documented. Films were scanned
approximately 10 minutes after removing the screws.
Since the developed coloring tends to enhance with the
time it is important to keep the time intervals constant
for each sample.

a)

b)

c)
a)

b)

Figure 5: a) load cell with strain gauges and
b) reference position of displacement transducers
for surface measurements

Figure 5b) shows the surface measurements by using
five displacement transducers arranged in a line to cover
the entire width of the covering sample. Transducers
were fixed to an outer frame so the surface configuration
was then measured by placing the test specimen on the
rails separated from the frame and sliding it in the
direction of the arrow as shown in Figure 5b). Such
configuration can be used to measure the surface
roughness, the distortions of elements or even for the
bending of covering if the measurements are done along
the same lines before and after tightening the screws. If
performing two consecutive measurements on the same
sample, it is necessary to secure the samples against
shifting. Also, to keep the track of the element distortion,
the transducers have to be kept in reference zero position
separated from the sample surface.

Figure 6: Measurement with pressure measurement film
(Glulam counterparts):
a) application (CLT covering | t=100mm)
b) scan (CLT covering | t=100mm)
c) scan (Birch covering | t=25mm)

Figure 6a) shows the application of the pressure
measurement film placed between the CLT covering
100 mm thick and the Glulam counterpart. The location
of the screw head imprints on CLT covering is marked in
blue color. Figure 6b) and c) show scans when different
covering types were used: CLT and Birch covering,
respectively. For these examples four partially threaded
self-tapping screws with a head diameter of 22 mm were
tighten in distance of 150 mm.
3.2.2 Force sensing resistors
An additional test configuration was developed for the
qualitative assessment of the pressure distribution as
shown in Figure 7. A Kerto Q element of 27 mm
thickness was attached to a CLT element with screws at
the distance 300 mm from each other. The forces in
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screws 1 and 2 were determined with load cells placed
under each screw head.

2

1
a

reported in the literature: the mean shear strength of 15
samples was 6.9 N/mm2 and the COV amounted to 21%.

b c d

e f

g

Figure 7: Test setup for measurement of screw pressure
distribution with Force Sensing Resistors

14º

Thin pressure FlexiForce sensors, denoted with a to g,
were arranged on each side and between the screws. The
output of the pressure sensors can be seen on the display
in Figure 7, where each column represents the response
of a corresponding sensor. Preliminary tests showed high
sensitivity of the devices in relation to the surface
roughness and discontinuities of timber members but for
general conclusion the precision and accuracy should be
sufficient.

The main shear tests will be carried out on such small
size specimens cut out of the systems glued together by
SG. Thereby various parameters will be varied, such as
different (i) adhesives, (ii) screw spacing, (iii) diameter
of screw head or (iv) type and shape of timber
components.

4 GLUE LINE SHEAR TEST

5 PRELIMINARY TEST RESULTS

4#

Spruce | dhead = 22 mm
CLT | dhead = 22 mm
Birch | dhead = 22 mm
Spruce | dhead = 35 mm
5#
7#

5

Rc,mean [kN]
6
7

8

9

The screw force and the relaxation in timber were
measured in relation to: material of covering and its
thickness, screw type, screw head diameter. Samples
consisted of elements 150 mm wide and 150 mm long.
The thickness of the counterpart varied in relation to the
screw length. Figure 9 shows box plots for four series
denoted in top-left corner. Partially threaded self-tapping
screws Ø 8 mm were used for the tests.

4

5#

3

The resistance to delamination and the bond line shear
strength determine the bond line quality. The focus of
the present research was set on the latter one.
A test setup for obtaining solely shear stresses in desired
shear planes is one of the still often discussed topics in
wood technology. Ideal testing method should enable
pure and uniform shear stress along the bond line that
will lead to failures in it. In an effort to reach the set
conditions researchers analyzed, developed and
improved several testing methods. Since the type and
distribution of developed stress (or combination of
stresses) highly depend on the test configuration it is of
importance to revise the available data critically before
making any comparisons. There are several other
possibilities for testing pure in-plane shear mainly
developed for testing shear characteristics of composite
materials. However they either require special testing
equipment (e.g. Arcan test) or have high demand on
precision and production of specimens (torsion tests,
Iosipescu test) and therefore will not be further
discussed. After reviewing the configurations given in
standards or developed by researchers, it was decided to
test the shear strength of the glue lines at the modified
device that was based on [9].
Preliminary tests were done on spruce clear wood
specimens (50 mm3) with Polyurethane adhesive glue
line in the middle (see Figure 8). Pressure was applied
with a hydraulic press (0.4 N/mm2). All specimens had a
timber shear failure in the grain direction tangential to
the annual rings, i.e. the same orientation as the glue
line. The results showed good agreement with the ones

Figure 8: Modified device for shear tests (based on [9])

S1

S2
S3
Test series

S4

Figure 9: Measurement with load cells: screw force for
different timber coverings
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Additional information to the screw head diameter
(dhead), the screw length (l) and thread length (lthread), the
mean material density (rmean), the mean screw force
(Rc,mean) and their coefficient of variation (COV) are
given in Table 1.
Table 1: Additional data for test series S1-S4

Parameter
No. tests
Material
tcov.[mm]
rmean .[kg/m3]
COVr [%]
dhead [mm]
l [mm]
lthread [mm]
Rc,mean [kN]
COVRc [%]
Rc,3hrs. [%]

S1
7
Spruce
25
470
12
22
180
80
4.08
14
20

S2
5
CLT
100
387
6
22
280
100
3.73
11
35

S3
5
Birch
25
564
2
22
180
80
6.03
8
23

S4
4
Spruce
25
452
15
35
280
100
8.48
7
25

Screw force [kN]

The reduction of force after three hours is presented with
denotation Rc,3hrs. and amounts up to 35% which is in
good agreement with [8]. Figure 10 shows the screw
force reduction of one specimens from series S4 (see
Table 1).
9.0
9,0
8.0
8,0
7.0
7,0
6.0
6,0
5.0
5,0
4,0
4.0

Rc,3hrs.

0

1

2

3

4
5
6
Time [hrs.]

Figure 10: Reduction of screw force

7

8

9

10

5.1 SCREW PRESSURE DISRIBUTION
Four measurements made with the pressure films
according to Figure 6 are shown in Figure 11b). The
code for processing the scans was developed with the
software program Wolfram Mathematica. Information on
used types of coverings and diameter of screw heads is
given next to the corresponding images in Figure 11.
Glulam elements with a thickness t =150 mm were used
as counterparts. The width of elements and edge distance
of screws amounted to 100 mm. Presented samples were
assembled with four partially threaded self-tapping
screws Ø 8 mm at a spacing of 150 mm.
The imprints clearly show knots and irregularities of the
wood surface caused by planing with the rotary shaft.
Higher pressure concentrations located between 1.-2. and
3.-4. screw which can be noticed on the first image are
caused by the planing knife and this occurrence was
removed in the following tests. Thus using the pressure
measurement film between timber surfaces is a rather
descriptive method which determines the pressure
distribution only qualitatively. Nevertheless the effect of
certain parameters that severly influence the pressure
distribution can be noticed.
As can be seen from the images, the spruce covering
showed high concentration of pressure around the
screws. For comparison, the stiffer birch covering
exposed to same conditions showed slightly better
pressure distribution in the grain direction and
perpendicular to it. On the other side the CLT covering
enabled lower but a much more uniform distribution
even on the edges of the joint. In this case the influence
of the middle cross layer is of advantage. The effect of
higher screw force was tested on the CLT covering using
the washers with larger diameter (Ø 35 mm) and the
effect can be seen from comparison of the last two
images in Figure 11.

Case 1
covering: Spruce
thickness: 25 mm
dhead: 22 mm

[N/mm2]
0.6
0.5

Case 2
covering: Birch
thickness: 25 mm
dhead: 22 mm

0.4

Case 3
covering: CLT
thickness: 100 mm
dhead: 22 mm

0.3
0.2

Case 4
covering: CLT
thickness: 100 mm
dhead: 35 mm
a)

0.1

b)

Figure 11: Pressure measurement film: a) denotation of cases, b) processed scans, c) scale of the pressure level

c)

0.0
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Pressure [N/mm2]
Pressure [N/mm2]

Case 3

Case 1

[N/mm2]
Spruce
Glulam/CLT

Ex
370
320

Ey
11000
11600

Ez
370
320

Gx
690
590

Gy
69
59

Gz
690
590

0,60

Pressure
film

0,40

RFEM

0,20
0,00

0

100

200
300
400
500
Distance in the grain direction [mm]

600

0,60

Pressure
film

0,40

RFEM

0,20
0,00

0

100

200
300
400
500
Distance in the grain direction [mm]

a)

600

Pressure [N/mm2]

Table 2: Material properties considered in RFEM

Bearing in mind the assumption of the computational
models in relation to ideally smooth and parallel contact
surfaces as a contrast to the real conditions to which the
tests are exposed to, the presented model gives satisfying
agreement with the measurements (see Figure 12) and
could be used for further studies. Further improvements
to minimise the differences between the measurements
and RFEM model are in development.

0,60
0,40
0,20
0,00

Pressure [N/mm2]

5.1.1 Comparison with the mechanical model
The measurements done with the pressure measurement
films (see Figure 11, cases 1. and 3.) are compared with
the RFEM model of pressure distribution described in
segment 3.1. The material properties taken in the model
are given in the Table 2.

0

20
40
60
80
100
Distance perpendicular to grain [mm]

0,60
0,40
0,20
0,00

0

20
40
60
80
100
Distance perpendicular to grain [mm]

b)

c)

Figure 12: Pressure measurement film: comparison with RFEM model (development possible):
a) denotations of cases (in reference with Figure 11),
b) section through the screws in grain direction and
c) section through the screws perpendicular to grain direction

5.2 GLUE LINE SHEAR

a)

c)

150

100

b)

d)

Figure 13: Glue line shear:
a) orientation of annual rings in glue line,
b) arrangement of samples in SG elements,
c) shear failure in timber and
d) shear failure of glue line

100

150

50 50

150

175

100

150 25

As mentioned the chosen parameters with the noticeable
impact on the screw pressure distribution will be varied
in samples assembled with SG and tested in shear.
Figure 13b) shows the arrangement of small test samples
(50 x 50 x50 mm3) within an assembly. As a reference
sample, the spruce covering (t = 25 mm) was glued to
Glulam element (t = 150 mm) using Polyurethane
adhesive according to the requirements given by
manufacturer. Small test samples were cut out of the
assembly and tested in shear using the device shown in
Figure 8. The orientation of the annual rings in the bond
line is shown in Figure 13a).
Only outmost samples had a shear failure in the bond
line partially of adhesive and fibre (see Figure 13c)). The
mean value of both samples amounted to 3.55 N/mm2.
All other samples had a timber failure in shear tangential
to grain direction (covering) and the average shear
strength amounted to 8.23 N/mm2 with a COV = 2.0 %.
The density of the covering element that was measured
prior to gluing amounted to 466 kg/m3 and Glulam
counterpart 461 kg/m3.

650
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6 FURTHER RESEARCH
In this paper only the systems with screws arranged in
one row were discussed (e.g. Figure 1), but the analysis
of SG systems including two or more rows of screws is
planned as well in the future. Regarding the mechanical
models, part of the future research focusing on SG
models will also include the discontinuities of contact
surfaces. Further research is directed at improving the
observed deficiencies and using the discussed
experimental methods for optimizing parameters:
(i) adhesive systems, (ii) timber density and thickness
and (iii) screw spacing and head diameter.

7 CONCLUSIONS
The necessary internal compressive stresses in the bond
line can be induced by using partially threaded screws.
Screw gluing offers the possibility for cost-effective
gluing when expensive hydraulic presses are not
applicable or the elements are too big for the transport.
In comparison to nail gluing which was formerly also
included in Standards screw gluing generates higher
pressures in the bond lines and therefore requires fewer
fasteners per gluing area. However nails do have an
advantage over screws because of their fast assembly.
The drawback of screw gluing is in the low and uneven
pressure distribution within the bond line which
increases the risk of thick bond lines and therewith
related reduction of bond line shear strength. By
following the guidelines on (i) the adhesives, (ii) the
screws, their spacing and (iii) the properties and the
treatment of timber [1, 2] a good quality of bond lines
can be ensured. The present paper discusses the
computational and experimental methods that can be
used to define conditions which enable a successful
screw gluing even for assemblies that exceed therein
restricted component thicknesses.
Furthermore, it is also important to note that herein
discussed computational models imply the ideal
conditions of perfectly plane and parallel contact
surfaces. This is not the case with the timber elements
which not only have a rough surface, but are also often
distorted and/or twisted. In the case of SG where the
screws act as localized loading this has a severe effect on
the pressure distribution.
The simple analytical model of beam on elastic Winkler
soil can be used to roughly describe the pressure
distribution in the bond line. Further improvements of
this model, which are required to achieve a better fit with
the realistic conditions of SG, include (i) the material
non-linearity and the shear component in the soil model,
(ii) the orthotropic plate under concentrated load for the
covering part and (iii) the discontinuities of contact
layer. An additional simplification of the SG model is
suggested using finite element approach in Dlubal
RFEM.
The experimental part of the study deals with the
determination of: (i) the screw force and its timedependent reduction, (ii) the pressure distribution within
the bond line and (iii) the shear strength of the

components assembled by SG. The screw force and its
time-dependent reduction were investigated with the
developed load cells. The parameters that will be
observed in further research are: (i) screw type, head
diameter, effective thread length, (ii) timber properties
(density, solid or composite wood, roughness of surface,
distortions etc.). First tests showed that also the
appearance of wood surface, i.e. the presence of
irregularities (e.g. reaction wood or late wood) had a
great influence on the amount of screw force.
The pressure distribution can be examined with the
pressure measurement films and with the force sensing
resistors. Both methods are influenced by the surface
irregularities and therefore can be used as a rough
estimation only. To reduce the unfavorable effect of
shrinkage and swelling the measurements need to be
carried out immediately after the surface treatment by
planing or sanding. Nevertheless, preliminary tests
clearly showed how the stiffer or thicker covering
elements enable more uniform but lower pressures. It
was also presented how the pressure level increased with
the larger diameter of screw head.
To be able to draw conclusions on bond lines assembled
with screw gluing the shear strength will be tested on
modified shear device. However, testing bond lines in
shear is connected with two issues: firstly the suitable
test configuration that enables pure and uniform shear in
the shear plane is still an open topic in research.
Secondly, to get the information on adhesives, shear
failure should occur in bond line instead of timber. In
this context it is important to consider the timber density
but also the orientation of the shear plane in relation to
the annual rings.
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MULTI-FUNCTIONAL FEATURES OF POURABLE WOOD-CEMENT
COMPOUNDS – MECHANICAL, BUILDING-PHYSICAL, ECONOMIC
AND ECOLOGICAL PERFORMANCE
Marco Maeder, Daia Zwicky1
ABSTRACT: Cement-bonded wood products are used in construction since the beginning of the 20th century. Until
today, however, they are essentially applied as non-structural finishing layers, e.g. as support for stucco, as fire protection
or acoustic insulation panels, providing good fire resistance, thermal and acoustic insulation properties with a relatively
low and thus, structurally advantageous material density. If to be applied structurally, these materials should not be
regarded as substitution material for regular structural concrete but rather be used in composite elements. They also exhibit
rather low stiffness and strength properties.
Structural wood-cement compounds (WCCs) may also provide further functional features e.g. contributing to thermal and
acoustic insulation or fire protection, thereby compensating for their reduced mechanical properties. The contribution
presents results from different tests performed with the objective to determine short- and long-term mechanical properties,
thermal insulation, specific heat capacity, acoustic insulation, and combustibility features of WCC-based constructions.
It further examines and assesses the economic and ecological potential of WCC-based structural elements and discusses
potential challenges in the structural use of WCCs.
KEYWORDS: wood-cement compound, structural properties, short-term, long-term, building-physical properties,
combustibility, economic performance, ecological performance.

1 INTRODUCTION 123
The most widely used construction material is reinforced
concrete which is heavy, has high embedded carbon,
strongly draws upon non-renewable resources, is
challenging to re-use, and exhibits rather poor buildingphysical properties (except for specific heat capacity).
A high potential for a more sustainable construction
development of building is located in timber-based
composite elements. These should, however, not be
produced with regular concrete, as this still results in the
mentioned disadvantages. Mixes of cement with wood
components, so-called wood-cement compounds
(WCCs), may be an answer for an even more sustainable
evolution of timber-based composite construction. Some
of the non-renewable parts (gravel, sand) of concrete are
substituted with renewable ones, with the objective to
create a light-weight, pourable, self-compacting, cheap,
easily recyclable, and thus, “greener” cement-based
construction material that also provides further benefits
with regard to building-physical properties to be exploited
in multi-functional structural elements.
This contribution summarizes and complements previous
research [1]-[11], and analyzes the potential and
1
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challenges of WCC application in timber construction in
view of the expected WCTE audience.

2 CONCPETUAL REFLECTIONS
Timber-WCC composite (TWCCC) elements may be an
answer to the challenge of finding TCC elements which
are more sustainable. Nowadays, WCC elements are
usually used as non-structural finishing layer such as fire
protection or acoustic insulation panels.
As WCC shows rather low stiffness and strength
properties [4], this material should be placed in the
compressive layer of a TWCCC slab. This allows to
increase the stiffness while maintaining a light-weight
construction element. Furthermore, it is still possible to
recycle the whole element. By combining WCC with
timber for internal load-bearing systems, the advantages
of both materials may be coupled. Such hybrid elements
[8] not only fulfil a structural task but merge all
advantages - e.g. fire resistance, thermal and acoustic
insulation - of each material (timber and WCC).
The low thermal conductivity of WCC allows to retain the
stored thermal energy which has a positive effect on lifecycle assessments (LCA). The demand of thermal energy
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during service life is usually the governing parameter in
LCAs [11].
WCC materials contain cheap wood waste which allows
to replace non-renewable aggregates in order to gain an
ecological advantage compared to traditional concrete.
Furthermore, the wooden aggregates act as CO2 storage
and at the end of life cycle, the wooden aggregates can be
combusted [5]. This solves another challenge of
sustainable construction, i.e. the treatment and recycling
of construction waste.
Contrary to other cement-bonded wooden materials
(Agresta®, Durisol® etc.), the wood waste for the present
WCC does not require any pretreatement. Therefore, the
mixing process of WCC does not create additional costs.
The WCC used for TWCCC slab elements and WCC wall
elements thus remains cheap and pourable and presents
many ecological advantages compared to traditional TCC
elements.

3 MECHANICAL PROPERTIES
3.1 SHORT-TERM PROPERTIES
This section summarises the main mechanical properties
of the investigated WCC. The WCC recipes are the same
as those presented in [4].
3.1.1 Workability
The workability of all tested WCC recipes (WCC1 to
WCC7) is quite good. This is due to the fact that saw dust
has no distinct orientation in its granulometry. Slump test
results shows that all WCC recipes can be classified in
range S3 to S4 [13]. This proves good workability but,
unfortunately self-compacting properties have not been
attained yet.
For practical applications, it is necessary that the WCCs
show self-compacting properties. This goal has been
achieved by developing new recipes [3].
3.1.2 Density
The tested specimens have been stored in thus humidity
chamber for 28 days, the specimens were nearly saturated.
The following table shows the test results where WCC8
has been made with a commercial product [4]. Note that
dry densities are 20…25% lower than humid density [5].
Table 1: Density of tested WCCs

AVG
[kg/m3]
COV
AVG
[kg/m3]
COV

WCC1

WCC2

WCC3

WCC4

1125

1209

1184

989

0.4%
WCC5

1.1%
WCC6

0.6%
WCC7

5.7%
WCC8

1149

1324

1233

1385

0.4%

1.1%

1.4%

2.5%

Obviously, WCCs have a much lower density than
concrete (2400 kg/m3) but similarly to lightweight
concrete (800…1500 kg/m3).

The density depends primarily on resin contained in the
sawdust acting as air entraining agent in the WCC (i.e.
creating porosity) [4].
A remaining challenge is the density prediction of WCC
because this mainly depends on this entrained air.
3.1.3 Compressive and tensile strength
For each WCC recipe, compression tests according to EN
12 390-3 [14] were performed. Table 2 shows the results.
Table 2: Compressive strength of tested WCCs
AVG
[MPa]
COV
AVG
[MPa]
COV

WCC1

WCC2

WCC3

WCC4

2.1

3.3

1.0

0.2

0.3%
WCC5

4.5%
WCC6

18%
WCC7

4.5%
WCC8

4.9

6.8

1.2

4.9

6.4%

5.5%

3.1%

20%

The saw dust content has no major influence on
compressive strength but the type of cement (Portland or
aluminate cement) plays a central role. Generally, WCCs
with Portland cement present a better performance [4].
To determine the tensile strength of WCCs, double punch
tests have been performed. The specimens had a diameter
of 150 mm and a height of 150 mm. As expected, the
average tensile strength of the tested WCCs is rather low,
Table 3 [4].
Table 3: Tensile strength of tested WCCs
AVG
[MPa]
COV
AVG
[MPa]
COV

WCC1

WCC2

WCC3

WCC4

0.3

0.4

0.1

-

7%
WCC5

4%
WCC6

15%
WCC7

WCC8

0.5

0.8

0.2

0.8

5%

2%

1%

12%

WCC4 could not be tested with the chosen test set-up [4].
Compressive and tensile strength are rather low compared
to lightweight concrete or timber. It remains a particular
challenge to increase compressive and tensile strength
without losing the advantages – e.g. fire resistance,
ecological performance, acoustic and thermal insulation
etc. – and to maintain a lightweight WCC.
3.1.4 Elastic modulus
The elastic modulus has only been evaluated for two
WCC recipes, WCC1 and WCC5. The econo-mechanical
properties [4] and the workability indicate that these two
recipes show the most promising performance [4]. In
comparison with the other recipes, WCC1 and WCC5
contain no aluminate cement or active charcoal.
However, due to the low compressive strength, a
standardized experimental determination of elastic
modulus was not possible. Further investigations of
WCCs’ compressive behavior allowed to determine the
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elastic modulus of the chosen WCCs, being about 900
MPa (WCC1) and 2700 MPa (WCC5), respectively. The
elastic modulus of WCC is lower than the elastic modulus
of timber or lightweight concrete.
The elastic moduli have been improved with the new
WCC recipes described in [3] by adding sand.
The constitutive modelling of WCCs is similar to
lightweight concrete. The pre-peak behavior is
represented by a parabolic function and the post-peak
behaviour (unloading module) by a linear function.
3.2 LONG-TERM PROPERTIES
3.2.1 Shrinkage
As WCCs are habitually used as secondary structure, little
is known about their long-term structural behavior.
Therefore tests have been made with the standardized
long-term testing set-up for concrete.
The specimens have been observed during one year. The
tests included the measurement of creep deformation and
a reference specimen group for shrinkage deformation.
The following figure shows the evolution of shrinkage
deformation during one year.

Figure 2: Creep behavior of tested WCCs

The creep coefficient of regular concrete normally is
around 1.6 after 1 year and lightweight concrete should
even reveal creep coefficients which are 50% lower than
those of a regular concrete [4]. WCCs creep coefficients
are also considerable higher than those of timber which
usually are around 1 to 1.5. An analytically approximation
allowed to extrapolate the creep coefficients to service
lifes of 20 or 50 years. These values varies between 5.4
and 7.1 for WCC1, 9.6 and 13.6 for WCC5 and 7.1 and
7.7 for WCC6, respectively.
It must be a goal to reduce WCCs creep coefficient for
future applications but these parameter could not be
studied yet.

4 BUILDING-PHYSICAL PROPERTIES
A great advantage of WCCs are their thermal and acoustic
insulation properties. To provide insight of this the
behavior of the material, several tests have been
performed to determine the representative parameters.
4.1 THERMAL INSULATION
Figure 1: Shrinkage behavior of tested WCCs

The deformation initiates after 28 days after the
specimens have been moved from the climate camber to
the laboratory with ambient humidity. Obviously, the
major part of shrinkage is due to the drying process while
autogenous shrinkage is of minor importance [4]. The
shrinkage deformation of all WCCs is high compared to
regular lightweight concrete which is characterised by a
value about 0.4…0.6 ‰. Density seems to influence
shrinkage, i.e. the lower density, the higher shrinkage.
The addition of shrinkage-reducing agents in the further
developed WCC recipes reduce shrinkage deformation by
a multiple in comparison to the results shown above [3].
3.2.2 Creep
To determine the creep coefficient, specimens were
loaded at 30% of compressive strength. The creep
coefficients are rather high but this value should also be
related to the corresponding low elastic modulus.
Furthermore, the results show that WCC density cannot
be related to creep coefficient in the sense of low density
corresponds to high creep coefficient.

The thermal insulation test series included two
geometrically different wall types with the same WCC
recipe (WCC1) but containing different timber grids.
Besides this, WCC1 and WCC5 have been tested without
any timber grid. The wall thickness and its timber grid
depends on the number of stories desired (20 cm wall for
3 stories, 24 cm wall for 6 stories) [2]. Figure 3 shows the
geometry of the two different wall type specimens for
thermal insulation tests.
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slab, corrected for reverberation time and volume of
reception room.
Table 5: Acoustic insulation properties
Airborne sound
R’w dB

31
30
31

Type 1
Type 3
Type 5

Figure 3: Timber grids in 24 cm wall (above) and 20 cm wall
(below)

Test results show that the thickness of the wall
surprisingly has no major impact on thermal resistance.
The small difference between the two wall types can be
attributed to geometry differences of the vertical battens
and material distribution in the middle layer. This implies
that the vertical battens act as thermal bridges as their
thickness is the only changing parameter.
Table 4 shows average results of thermal resistance (Rt)
and thermal conductivity (t = t/Rt). Details are reported
in [2].
Table 4: Thermal resistance and thermal conductivity

Specimen
M1 WCC1
M2 WCC1
WCC1
WCC5

Thickness t
cm
24
20
6
6

Rt AVG
m2K/W
0.81
0.79
0.29
0.13

t AVG
W/mK
0.30
0.25
0.21
0.45

According to thermal resistance requirements for new
buildings in Switzerland, the U-Value (U=1/Rt) should be
less than 0.15 W/m2K. This means that a wall thickness of
approximately 1.40 m (WCC1) is needed to fulfil the
thermal resistance requirements. As this dimension is
unrealistic, a suitable thermal insulation material is still
necessary, but can be of reduced thickness.
WCCs also show high specific heat capacities. The values
are between 1.35 kJ/kgK for WCC5 and 1.87 kJ/kgK for
WCC1 and thus, superior to regular lightweight concrete
(of comparable density) but rather comparable to spruce
(1.6 kJ/kgK) [15].
4.2 ACOUSTIC INSULATION
The acoustic insulation properties of three slab types (type
1, type 3 and type 5 [1]) have been investigated. Properties
for airborne sound were determined with frequency bands
in third-octave band width with medium frequencies
between 100 and 3150 Hz. Impact noise properties were
determined with an ISO tapping machine.
Table 5 shows the test results for airborne sound level and
impact noise level without any secondary structure on the

Impact noise
L`n,w dB

63
69
67

These values can be compared to the requirements of SIA
181 [16] for residential buildings or school buildings,
respectively. The requirements for moderate noise impact
for exterior and interior airborne sound and impact noise
are presented in Table 6.
Table 6: Building code requirements
Residential buildings

De
≥ 32

Di
≥ 52

L’
≤ 53

School buildings

De

≥ 35

Di

≥ 57

L’

≤ 48

For all slab types, impact noise level is problematic.
Therefore, additional tests have been performed with the
same TWCCC slabs, additionally placing a 50 mm screed
layer on the slabs. A third test was performed with an
additional foam insert of 3 mm and 7 mm wood laminate.
Table 7 illustrates the tests result for TWCCC slabs with
additional layers.
Table 7: Acoustic insulation properties with screed and foam

Type 1
Type 3
Type 5

Airborne
sound
With
screed
Di dB

33
30
33

Impact noise
With screed
L` dB

61
71
69

Impact noise
With screed
+ foam +
laminate
L` dB

56
56
51

Impact noise requirements can only be guaranteed if the
foam insert is thicker than 3 mm. With the investigated
set-up, the impact noise requirements could not be
fulfilled.
Furthermore, it would be beneficial to use a floating
screed instead of a bonded screed as it was used to
determine the above results.

5 STRUCTURAL PERFORMANCE OF
TWCCC SLABS AND WALLS
5.1 TWCCC SLABS
Different cross-sections have been tested to determine the
performance of TWCCC slabs. The tested single-span
slabs had an 8 m span.
Table 8 shows the equivalent span of the testes crosssections.
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Table 8: Test results at ULS [1]

It seems that ULS requirements are more difficult to
satisfy because deflection due to permanent loads and
long-term deformations can be compensated by camber
[1]. Test results are explained in detail in [1].

Material ignition, for all tested WCCs, takes place at a
temperature of approximately 210°C, which corresponds
to the initiation of wood gasification.
Compared to wood, WCCs stop combusting as soon as
they are removed from the furnace. For this reason, WCCs
can be considered as inflammable even if they will burn
if exposed to flames or high temperature for a long period
[5], i.e. for 30 minutes and more.
As already mentioned the combustion process releases
energy which can be reused. Therefore, gross and net
calorific values have been determined according to EN
14918 [17]. Table 8 shows the different values which have
been evaluated by using a C/H/N analyser.

5.2 TWCCC WALLS

Table 9: Calorific values and C/H/N content of WCCs [5]

Slab
Ref
Type 1
Type 2
Type 3
Type 4
Type 5

qd [kPa]
12.23
12.69
12.39
12.43
12.60
13.08

Leq [m]
5.05
5.60
7.05
4.35
4.40
5.79

TWCCC walls have been tested for developing a
structural design approach. Therefore, 2nd order effects,
i.e. buckling, have been considered. Full scale tests with
WCC1 and WCC5 and 2 different timber grids have been
performed.
It seems that current concrete design approaches are best
suited for the structural design of hybrid timber-WCC
wall elements. Furthermore, WCC contribute to the
overall buckling resistance of timber-WCC walls why
timber battens with smaller cross-sections can be used.
Test results and design approaches are explained in [2],
[6].

6 ECONOMIC AND ECOLOGICAL
PERFORMANCE
This chapter reports on main findings of a case study [11]
and an already established life-cycle assessment (LCA)
[12] as well as an analysis about combustibility of WCCs
[5].
6.1 COMBUSTIBILITY OF WCCS
Combustibility is a further advantage of WCCs. This
permits to recover energy at end of service life and thus
has a major impact on LCA.
Specimens with dimensions of 20 x 18 x 37 mm3 have
been combusted. For these test, only the three most
promising recipes (WCC1, WCC5 and WCC6 [4]) have
been tested. Test results (Figure 4) show that WCC1 has
the highest and WCC6 the lowest combustion speed.
Combustion speed thus depends on material density
(Table 1 in [5]). Figure 4 shows temperature evolution vs.
time for the different WCC specimens.

Figure 4: Temperature vs. time [5]

Gross
calorific
value
Net
calorific
value
C content
H content
N content

WCC1

WCC5

WCC6

5.88 MJ/kg

2.83 MJ/kg

4.08 MJ/kg

5.87 MJ/kg

2.82 MJ/kg

4.20 MJ/kg

15.2%
3.1%
0.0%

8.3%
2.5%
0.0%

13.3%
2.6%
0.0%

Those calorific values are below typical values of wood
products, e.g. 12.5 MJ/kg for wood chips or 17 MJ/kg for
pellets [5], but still remarkably high.
The apparent volume of combusted WCC does change
due to the cement matrix. The ash content of combusted
WCCs, Table 9 [5], is considerably higher than that of
wood which is around 1%. For this reason, WCCs should
always be combusted at high temperature and mixed with
other combustible materials, to prevent furnace saturation.
Table 10: Ash content of WCCs [5]

WCC recipe
1
5
6

Solid mineral
fuel
56.0%
68.5%
65.9%

Solid biofuel
65.4%
78.8%
77.2%

The values for solid mineral fuel, e.g. coke, were
determined according to ISO 1171 [18] and solid biofuel
according to EN 11775 [19], respectively.
Furthermore, it was found that WCCs should be
combusted at 600°C, at least, for more than 20 minutes to
obtain an efficient combustion with minimum NOx
emissions [5].
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6.2 LIFE CYCLE ASSESSMENT
Sustainable construction materials and methods are
becoming more and more important. To prove that WCCs
are sustainable, several investigations have been made.
The examined cross-sections from an earlier case study
[11] have been used as a basis for complementary lifecycle assessment of TWCCC slabs [12].
Five slab types are compared with each other to evaluate
ecological and economic performances.
- Traditional concrete slab with a cement screed
- Traditional timber structure with ceiling
cladding, timber joists, planking and a cement
screed
- TCC slab with screw-type connectors
- TWCCC slab type 2 with glulam beams
embedded in WCC5 (Fig. 5)
- TWCCC slab type 5 characterized by a “+/-“
shear connection provided by a glulam beam
(Fig. 5)
The dimensions of the first 3 slab types can be found in
[11].

of material transport was added to the previously
determined values. Greenhouse gas emissions (EGG),
non-renewable primary energy and environmental impact
points (UBP) were analysed.
Figure 6 shows relative EGG values for all slabs. For
further investigations, the influence of material transport
can be neglected because the influence is very small and
more or less at the same level for each slab.

Figure 6: relative EGG [12]

The secondary structure of TWCCC has the smallest
influence on EGG. This is due to the beneficial properties
of WCC – e.g. thermal and acoustic insulation properties
– where a 50 mm screed is enough to fulfil building code
requirements. Figure 7 illustrates EGG per square meter
for all considered slabs.

Figure 5: TWCCC slabs [12]

All considered slabs fulfil the Serviceability Limit State
(SLS) and Ultimate Limit State (ULS) requirements for a
9 m single span slab with a variable action of 5 kPa
(according to SIA 261 [20]).
The life cycle assessment data from CFSC 2014 [21] have
been used to determine all environmental influences. A
service life of 90 years was considered with the
consequence that the influence of the secondary structure
has been taken into account 3 times (1x new construction,
2x replacement). This has a positive effect on the
ecological performance of TWCCC slabs because they do
only need 50 mm screed as secondary structure to respect
all building code requirements.
The calculation of the environmental impact has been
separated into two steps. First, the impact of the loadbearing structure has been analysed, followed by an
analysis of the secondary structure. At the end, the impact

Figure 7: EGG for different slab types [12]

It is obvious that the load-bearing structure of TWCCC
slabs is the largest contributor to EGG. This is due to the
large amount of construction material needed and the high
cement content in WCC5 [4], [12].
Another examined parameter is the total amount of nonrenewable primary energy. Note that the possibility to
recover energy by combustion has been taken into
account. The calorific values of Table 8 have been used.
Figure 8 shows that both TWCCC slabs exploit less nonrenewable primary energy in their life cycle than
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traditional slabs, due to recovered energy during
combusting after demolition.

Figure 8: non-renewable primary energy [12]

To conclude, TWCCC slab type 2 is not competitive w.r.t.
LCA parameters. There is a high potential in EGG for
both TWCCC slabs. This is primarily attributable to the
large amount of cement needed for WCC, not only due to
the cement content but also to the high quantity of
construction material needed.
Referring to non-renewable primary energy both TWCCC
slab types show the best performance of all investigated
slab types.
These results also show that ecological performance
evaluation also depends on the referred index.
It must the goal to reduce EGG and UBP – explained in
detail in [12] – such that these new slab types show an
improved overall ecological performance.

7 FUTURE CHALLENGES IN
STRUCTURAL APPLICATIONS OF
WCCS
There are still several challenges which have to be
handled. A first is to find an approach for producing
WCCs with reliable quality. This is mainly related to the
use of untreated sawdust, implying that volume
predictions are difficult and thus density is unknown
without doing any measurements. The quantity of resin in
the sawdust is unknown but resin acts as an air entraining
agent and therefore density differences are unavoidable.
Recent production of reinforced WCC slabs exhibited a
new challenge: post-concreting settlement of pourable
WCC resulting in extensive cracking. Further
investigations have to be made to find a solution to this.
Creep and shrinkage behavior also has to be improved for
future applications.
These challenges can be partly resolved by using newly
developed WCCs [3].
It must further be a goal to reduce cement content in
WCCs in order to improve ecological and economic
performance.

8 CONCLUSIONS
The developed TWCCC wall and slab elements have
some great advantages compared to traditional
construction methods.
Both elements have the benefit of heat storing capacity
which allows to reduce the needed thermal insulation
material. Furthermore, these elements show a great fire
resistance and acoustic insulation properties. WCCs can
even be used for multi storey buildings as they can be
considered as non-flammable.
Moreover, the slab elements only require a minimal
secondary structure to fulfil all building code
requirements. Compared to traditional timber slabs, where
vibrations represent a serious problem, TWCCC slabs do
not need any additional layers to solve this problem.
Actually, the impact noise level requirements provide the
only slight problem. This can simply be solved by placing
a foam insert which generally is needed for any slab.
If the challenges described in the above subsection can be
solved TWCCC slabs and walls represent a construction
method which ideally combines the benefits of timber and
concrete and that even with great ecological and economic
performances.
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ADHESIVE-BONDED TIMBER-CONCRETE COMPOSITES –
EXPERIMENTAL INVESTIGATION OF THERMAL-HYGRIC EFFECTS
Werner Seim1, Lars Eisenhut2, Sonja Kühlborn3
ABSTRACT: The advantages of the two different building construction materials, timber and concrete, can be used
effectively in adhesive-bonded timber-concrete composite constructions. The long-term behavior was investigated
experimentally on small-scale shear and bond specimens under artificial, alternating climatic conditions and on fullscale specimens under natural climatic conditions for an application in construction practice. The development of the
shear strength and the deformation behavior under permanent loads were studied, focusing on the different material
behavior of wood and concrete regarding changes in temperature and moisture. The general applicability of adhesivebonded timber-concrete composites in construction practice was proved in the investigations.
KEY WORDS: Composite, timber, adhesive bond, concrete, long-term behavior, climate, creep

1 INTRODUCTION 123
Structural elements with high load capacity and high
bending stiffness can be created with timber-concrete
composites. In addition, concrete improves noise
insulation of slab elements and protects the timber.

bonded timber-concrete composites was missing. Thus,
experimental investigations on the long-term behavior
were carried out at the University of Kassel and will be
presented in the following.

2 EXPERIMENTAL INVESTIGATIONS
– OVERVIEW

The efficiency of the bond depends on the stiffness of
the bonding devices. Steel fasteners and formfitting
connections, such as notches [1 – 5], are state of the art.
However, Schäfers and Seim [6] have already shown
that epoxy adhesives can provide a rigid bond between
the two materials with higher bond strength and higher
stiffness compared to mechanical fasteners.

The long-term behavior of adhesive-bonded timberconcrete composites was investigated in the research
project “BestKleb”, which was funded by the national
German AiF foundation [7, 8]. The bond properties were
examined on three scales: from small-scale shear and
bonding tests (Figure 1 a and Figure 1 b) to the testing of
full-scale specimens (Figure 1 c).

In order to ensure the proper long-term behavior of
timber-concrete composites, it has to be considered that
wood, concrete and the epoxy adhesive have different
hygrothermal properties, which lead, in the case of a
rigid bond, to residual stresses in the bonding zone and
deflections caused by climatic changes. These
phenomena are overlaid by creep effects.

The shear and bond specimens (Figure 1 a and Figure
1 b) were exposed to a permanent shear load under
artificial, alternating climatic conditions in a climatic
chamber for 14 months to study the influence of
hygrothermal effects on the development of the bond
strength and on time-dependent deformations. Therefore,
the deformations due to hygrothermal changes and creep
effects were measured and the shear strength was
determined at regular intervals.

Previous investigations in terms of the long-term
behavior of timber-concrete composites focused on
formfitting connections and mechanical fasteners [1 – 5].
Knowledge about the long-term behavior of adhesive1
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3
Sonja Kühlborn, University of Kassel, Chair for Building
Rehabilitation and Timber Engineering, Kurt-Wolters-Straße 3,
34125 Kassel, Germany. s.kuehlborn@uni-kassel.de

Four full-scale specimens (Figure 1 c) were designed as
a segment of a pedestrian bridge and positioned under
natural climatic conditions over a river for two years to
investigate the influence of hygrothermal conditions on
the long-term behavior in construction scale. The fullscale specimens were exposed to permanent vertical
loads and the vertical deformations were measured at
regular intervals. Additionally, the wood moisture was
measured and the relative humidity and the temperature
were recorded permanently.
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Detailed information on the investigations of the fullscale specimens and the shear specimens is presented by
Eisenhut et al. [9]. This paper will focus on the bonding
tests and further experimental investigations concerning
the wood moisture and load-independent deformations of
the bond specimens.

Table 2: Material properties of the solid wood used for the
bond specimens

Material
property
Ec,0
fc,0
fv
ρ

a)

Number
of
samples
20
20
27
21

Mean
value

Standard
deviation

Unit

12,859
38.95
5.39
452

2,567
8.04
0.90
67

[N/mm²]
[N/mm²]
[N/mm²]
[kg/m³]

Spruce of the grading class S10 according to DIN 40741 [12] was used for the wood. The compressive modulus
of elasticity, the compressive strength, the shear strength
and the density were determined according to
DIN EN 408 [13]. The results of the tests are given in
Table 2.

b)

A two-component epoxy adhesive was used [14] for the
connection between wood and concrete.

c)
Figure 1: Experimental setup for long-term behavior of a)
shear tests, b) bonding tests and c) full scale specimens

The bond specimens were designed according to the
geometry proposed in DIN EN 408 [13] to determine the
shear strength parallel to grain. A similar geometry was
also used by Feix et al. [15] for shear tests on timberconcrete composites with formfitting connections.

3 BONDING TESTS
3.1 MATERIALS AND GEOMETRY OF THE
TEST SPECIMENS
High-performance concrete (HPC) was used for the bond
specimens to get sufficient surface tension strength. The
concrete formula HPC-BK-6 for the bond specimens, as
documented in Table 1, was developed at the University
of Kaiserslautern during the research project BestKleb
[7].
Table 1: Concrete formula for HPC-BK-6

Per m³ concrete
Water
CEM I 52,5R HS-NA
Sika Silikoll P
Silica Suspension EMSAC
Quartz flour Millisil W12
Quartz sand G32 0,125/0,5
Basalt 1/3
Basalt 0/2
Basalt 2/8
Super-plasticiser
Compressive strength according to
EN 12390-3 [10] in N/mm²
E-modulus according to
DIN 1048-5 [11] in N/mm²

HPC-BK-6
[kg]
170.0
742.0
90.0
731.0
668.0
4.8

a)

94.2
31,774
b)
Figure 2: Bonding tests a) test setup and b) position of the
displacement transducers
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The geometry of the bond specimens is shown in Figure
2 a). The cross-section of the bond specimens is
width/height = 50/90 mm², with a thickness of the glue
line of 1 mm, a cross-section of the concrete of
width/height = 50/39 mm² and a cross-section of the
wood of width/height = 50/50 mm². The total length of
the bond specimens is 300 mm with 15 mm deep cuts at
both ends of the glue line. These cuts and the angle of
the upper steel plate ensure a failure of the bond
specimens at the glue line.
The test setup to determine the bond strength is also
shown in Figure 2 a). The load was introduced with a
steel angle, which was glued to the wood. A steel block,
which was glued to the concrete, was placed onto a steel
bearing. Horizontal forces in the gap between the steel
block and the steel bearing as a result of inevitable
geometrical inaccuracies were transferred via friction. A
testing machine made by Dynamess (Instron) was used
for the bonding tests. The displacement-controlled load
was introduced with a constant velocity of 0.01 mm/s
until failure occurred. The relative displacement between
wood and concrete was measured on both sides of the
bond specimen with inductive displacement transducers
(see Figure 2 b).
3.2 FABRICATION OF THE TEST SPECIMENS
The bond specimens were produced following the
findings of Schäfers [16] regarding the pre-treatment of
the bonding members wood and concrete prior to gluing.
Schäfers also investigated that a radial orientation of the
growth rings to the glue line leads to higher strengths
than tangentially oriented growth rings. Thus, a radial
orientation was chosen so that a reduction of the bond
strength of the adhesive during long-term testing if it
might occur could be better recognized.

a)

b)

c)

d)

Figure 3: Fabrication of the bond specimens a) bonding
members, b) application of the adhesive, c) joining of the
bonding members and d) bond specimen with cuttings

Figure 3 documents the fabrication process of the bond
specimens. The wood was planed in the contact area
prior to gluing. The concrete was sandblasted to roughen
the surface and the surface was cleaned immediately
before gluing with the help of compressed air. The epoxy
adhesive was then applied to the sandblasted concrete
surface (see Figure 3 b) in a roof-shaped form with more
adhesive in the middle of the glue line. The surplus
adhesive was distributed equally on the surface when
joining the bonding members. The thickness of the glue
line of 1 mm was guaranteed with spacers, which were
removed after the wood was placed onto the adhesive
(see Figure 3 c). After removing the spacers, the surplus
adhesive was wiped off. When the adhesive had
hardened, the end cuttings were produced (see Figure
3 d).
3.3 LOADING AND CLIMATIC CONDITIONS
The bond specimens were stored in a climatic chamber
under alternating climatic conditions and continuous
loads. The permanent load was applied with the device
shown in Figure 4. Therefore, three bond specimens
were arranged on top of each other. They were guided at
both sides by means of steel rods. The permanent load
was introduced into each group of three bond specimens
with the help of a lever arm, which was weighted down
with steel weights.

Figure 4: Device for load application onto the bond
specimens in the climatic chamber
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Prior to the long-term investigations, the position and the
size of the weight on the lever arm were determined with
the aim that the mean shear stresses occurring in the glue
line are 2.0 N/mm². Thus, the shear stresses due to
continuous loads are 25 % of the shear strength under
short-term load derived from preliminary tests.
Consequently, a premature failure of the bond specimens
should be prevented.
The alternating climatic conditions consisted of two
climatic levels, each of which lasted seven days: climatic
level 1 with 20 °C and 85 % relative air humidity and
climatic level 2 with 45 °C and 40 % relative air
humidity (see Figure 5).
The alternating climatic conditions were determined
according to DIN EN 15416-3 [17] for creep
deformation tests on adhesives for load-bearing timber
structures under cyclic climatic conditions with
specimens loaded in bending shear. The mean shear
stresses of 2.0 N/mm² in the glue line of the bond
specimens are 2/3 higher than the shear stress of
1.2 N/mm² recommended by DIN EN 15416-3 [17].
3.4 TEST RESULTS
3.4.1 Creep Deformation
The creep deformations of the bond specimens were
measured regularly during the time in the climatic
chamber. The distance between the points where the load
was introduced into each of the three bond specimens of
one strand was measured with a pair of digital calipers.
The measurements include the global deformation of the
specimens resulting from deformations of the wood, the
high-performance concrete and the epoxy adhesive.
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The relative displacements w(t) reached values between
1.23 mm for specimen B-E-cr-2 and 4.98 mm for
specimen B-E-cr-1 after exposure to alternating climatic
conditions and continuous loads for 420 days, as
described in section 3.3. The creep rate of B-E-cr-2
decreases clearly after 34 days and approximates a
plateau early, whereas the creep rates of B-E-cr-3 and BE-cr-1 gradually decrease and flatten to a plateau only at
the end of the measuring period.
Due to a malfunction of the steering of the climatic
chamber, the climatic level 2 took twelve instead of
seven days between day 196 and day 203. Therefore, the
following climatic level 1 was shortened to two days, as
displayed in Figure 5.
The documentation of the creep deformation over a total
of 30 climatic cycles reveals that the deformation
approximates an ultimate value for mean shear stresses
of 2.0 N/mm² in the glue line. None of the specimens
showed tertiary creeping, which would have indicated an
upcoming failure.
3.4.2 Bond Strength
Three bond specimens were taken from the climatic
chamber at regular intervals and the bond strength was
determined with the experimental setup documented in
Figure 2 a). The goal was to gather information
regarding the development of the bond strength under
continuous loads and hygrothermal exposure. A main
point of interest was whether an aging of the epoxy
adhesive, which would have been evident in decreasing
ultimate loads and simultaneous cohesive failure, could
or could not be observed.
The single bond specimens were removed from the
climatic chamber and a steel angle was glued to the
specimen. After seven days curing time of the adhesive,
the bond strength was determined. Meanwhile, the
specimens were stored under room temperature in the
laboratory.
The results of the experimental investigations into the
bond strength of the 15 bond specimens tested are
documented in Table 3: the ultimate loads, the bond
strength and the wood moisture measured with an
electronic FMD moisture meter from Brookhuis MicroElectronics [18].
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100

The average values of the relative displacement, which
was measured on both sides of each bond specimen, are
documented over a period of 420 days in Figure 5. The
results show a wide dispersion of the absolute quantity
of the creep deformation and the creep rate, which can
be determined by the slope of the curve.
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Figure 5: Creep deformation of the bond specimens
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The fraction of wood failure was more than 75 % for
71 % of the bonding tests (B-E-t27-1 was not considered
because of a defect of the bonding zone). A combination
of wood-failure and cohesive failure of the adhesive
occurred in 29 % of the tests. The proportions of the
fracture surface for each bond specimen are documented
in detail in Figure 7.

Two typical failure patterns of the bond specimens are
displayed in Figure 6. Shear failure of the wood located
close to the bonding surface could be identified as a
typical failure pattern for the bond specimen B_E_t6_3,
which is shown as an example in Figure 6 a). Shear
failure of the wood was characterized by wood fibers on
both sides of the fractured surfaces.
As a second typical failure pattern, a combination of
shear failure of the wood and cohesive failure of the
adhesive, which was characterized by residue of the
adhesive on both sides of the fractured surface, was
recognized. This failure pattern is represented, for
example, by bond specimen B_E_t0_1 displayed in
Figure 6 b). Concrete failure in the boundary surface to
the adhesive was never detected.
Table 3: Determination of bonding capacity after permanent
loading under alternating climatic conditions

Specimen
B-E-t0

-1
-2
-3
B-E-t6 -1
-2
-3
B-E-t15 -1
-2
-3
B-E-t27 -11)
-2
-3
B-E-t62 -1
-2
-3
1)

Load
Ultimate Bond
Wood
duration
load
strength moisture
[d]
[kN]
[N/mm2]
[%]
180.6
13.0
10.1
0
130.4
9.4
9.6
171.0
12.3
8.9
136.0
9.8
7.5
42
118.0
8.5
7.2
100.4
7.2
6.6
80.3
5.8
11.1
105
81.8
5.9
10.3
86.8
6.2
10.3
189
81.0
5.8
6.6
65.6
4.7
7.0
131.1
9.4
6.9
434
153.3
11.0
7.6
115.9
8.3
7.5

Specimen with defect (local deformation in wood and
bending fracture of concrete) without rating

Adhesive

Figure 6: Typical failure patterns of the bond specimens: a)
shear failure of the wood and b) combination of wood failure
and adhesive failure

Concrete

b)

Wood

a)

A relation between the type of failure and the duration of
loading was not detected. A combination of wood failure
and failure of the adhesive was observed in the
specimens without loading and without exposure to the
alternating climate (B_E_t0_1, B_E_t0_2 and
B_E_t0_3) and for specimens under permanent load
which were stored in the climatic chamber for 105 days
(B_E_t15_1 and B_E_t15_2). Specimens which were
exposed to alternating climatic conditions for 42 days
(B_E_t6_1, B_E_t6_2 and B_E_t6_3), respectively, 189
days (B_E_t27_2 and B_E_t27_3) under continuous
loading showed a high proportion of shear failure of the
wood.
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Figure 7: Proportions of the fracture surface
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During the experimental determination of the bond
strength, the relative displacement between the wood and
the concrete was measured with inductive displacement
transducers, which were positioned on the bond
specimen, as displayed in Figure 2 b).
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Figure 8: Bond strength after different lengths of climatic
exposure

Additionally, no relation between ultimate load and
failure type was observed. Samples with high ultimate
loads showed a combination of wood failure and
cohesive failure of the adhesive bond as well as pure
wood failure.

Force [kN]

The bond strength first decreased with increasing time of
loading and climatic exposure, as displayed in Figure 8,
but after 434 days, the bond strength exceeded the
average strength remarkably.
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As a result of the bonding tests, neither a reduction of the
bond strength with increasing time nor a higher fraction
of cohesive failure of the adhesive with increasing time
could be detected, which leads to the conclusion that the
shear strength of the wood is the decisive factor for the
design of the adhesive bond with respect to permanent
load as well as hygrothermal impact.

4 WOOD MOISTURE AND LOADINDEPENDENT DEFORMATIONS
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Figure 9 a) depicts the typical load-displacement
behavior of a bond specimen with high bond strength,
whereas Figure 9 b) represents the typical loaddisplacement behavior of a bond specimen with low
bond strength. For the bond specimen B_E_t0_1 with
high bond strength, the displacement transducers
W3/W4 at the bottom recorded linear load-displacement
behavior until about 140 kN, while plastic loaddisplacement behavior was measured by the upper
displacement transducers W1/W2 from 100 kN on, due
to local plastic deformations in the wood at the point
where the load is introduced. For the bond specimen
with low bond strength, the displacement transducers
record nearly elastic load-displacement behavior on both
sides of the specimen until the ultimate load of 65 kN is
reached.

B_E_t0_1_bottom

4.1 WOOD MOISTURE

a)

0

The wood moisture was measured at three points each on
the surface (O1 – O3), in the middle (M1 – M3) and in
the bonding zone (V1 – V3) of a reference specimen.
The position of each measuring point is documented in
Figure 10.

0,1
0,2
0,3
Rel. displacement δrel [mm]
B_E_t27_3_top

During the storing time of the bond specimens in the
climatic chamber under artificial, alternating climatic
conditions, the development of the wood moisture and
load independent deformations were measured regularly
on two reference specimens.

0,4

0,5

B_E_t27_3_bottom

b)
Figure 9: Typical load-displacement behavior of W1/W2 (top)
and W3/W4 (bottom) during determination of the bond strength
a) specimen with high bond strength and b) specimen with low
bond strength

Figure 10: Reference specimen to determine wood moisture
under artificial alternating climatic conditions
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Boreholes with the distance of the needle probe of the
moisture meter to measure the wood moisture in
different depths of the reference specimen [18] were
produced. They were filled with exactly fitting plastic
pipes and sealed on top to minimize the moisture
transportation across the wood surface in the boreholes.
The cross-section of the wood of the reference specimen
was the same as for the bond specimens. The epoxy
adhesive was applied at the bottom of the reference
specimen, which allows the assumption that the moisture
transfer in the reference specimen is the same as in the
bond specimens.
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14
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The maximum difference in the wood moisture between
two climatic levels was 7.6 % and the minimum
difference was 5.3 %.
As can be expected, the changes of the average wood
moisture in the middle and in the bonding zone of the
reference specimen are smaller than at the surface. In the
middle (M1 – M3), the highest wood moisture measured
was 9.6 % and the lowest value was 5.9 %. The changes
in the wood moisture between two climatic levels varied
between 2.6 % and 0.9 %.
A similar behavior was observed for the bonding zone
(V1 – V3). Here, the highest wood moisture measured
was 8.8 %, whereas the lowest value was 6.0 %, the
largest difference in the wood moisture between two
climatic levels was 2.1 % and the smallest difference
was 0.7 %.
4.2 LOAD-INDEPENDENT DEFORMATIONS
A reference specimen was placed into the climatic
chamber during the storage time of the bond specimens
without loading to determine load-independent
deformations due to temperature-related strains as well
as swelling and shrinkage of wood caused by
hygrothermal influences resulting from the alternating
climatic conditions.
The geometry of the reference specimen was identical to
the geometry of the bond specimens. The points where
the load-independent deformations were measured
regularly with a pair of digital calipers are documented
in Figure 12.
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Figure 12: Reference specimen to determine deformations due
to hygrothermal effects
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Figure 11: Wood moisture of the reference specimen at the
surface, the middle and the bonding zone of the specimen

The average wood moisture at the three different depths
of the reference specimen is documented in Figure 11.
On the surface (O1 – O3), the highest wood moisture
measured was 13.1 % and the lowest value was 4.9 %.

The average length variations Δba at the free surface of
the wood (axis a, Figure 12) and Δbb, near the bonding
zone (axis b, Figure 12), and Δt, are displayed in Figure
13. Average length variations are calculated as mean
values out of three single values (axis 1, 2, 3, Figure 12).
Due to climatic changes, the average length variation Δb
at the free surface of the wood varied between 0.23 and
0.61 mm. Close to the bonding zone, the strains due to
swelling and shrinkage were prevented by the adhesive
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bond. Thus, with 0.12 mm to 0.34 mm, the length
variation Δbb at the bonding zone is significantly smaller
than at the free surface. The average length variation Δt
ranged between 0.16 and 0.45 mm.
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The length variations Δb1,a, Δb1,b and Δt1 in axis 1 were
higher than in axis 2 and 3, caused by higher changes of
the wood moisture in the end grain due to the moisture
transport processes parallel to grain.
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This paper focuses on the results from these bonding
tests. It was observed that the creep deformations of the
bond specimens due to hygrothermal effects and
continuous loading approached an ultimate value and did
not show any signs of tertiary creeping. Bond specimens
were removed from the climatic chamber at regular
intervals to determine the remaining bond strength. In
these tests, mainly shear failure of the wood in the
boundary surface to the adhesive occurred. Some
specimens failed in a combination of wood failure and
cohesive failure of the adhesive. The experimental
investigations revealed that neither a reduction of the
bond strength with increasing time nor a higher fraction
of cohesive failure of the adhesive with increasing time
could be detected. Thus, it can be assumed that the shear
strength of the wood is the decisive factor for the design
of the adhesive bond with respect to permanent and
hygrothermal loads if a sufficient surface tensile strength
of the concrete is provided.
In addition to the bonding tests, reference specimens
were investigated under the same artificial, alternating
climatic conditions as the bond specimens, but without
loading, to get a deeper understanding of the wood
moisture
development
and
load-independent
deformations caused by hygrothermal changes. As could
be expected, changes of the wood moisture as well as
length variations differ more at the surface of the wood
and less near the bonding zone.
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Figure 13: Average length variation at the free surface of the
wood Δba, at the bonding zone Δbb and Δt

5 CONCLUSIONS
Experimental tests to investigate the long-term behavior
of adhesive-bonded timber-concrete composites focusing
on hygrothermal effects were carried out on three scales.
Small-scale shear and bond specimens were exposed to
artificial, alternating climatic conditions under
continuous shear loads in a climatic chamber.
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INDUCTIVELY HEATED GLUED-IN GFRP RODS USING ADHESIVES
WITH METALLIC PARTICLES—CURED WITHIN FIVE MINUTES
Till VALLÉE1a, Michael ADAM1b, Cordula GRUNWALD1c, Simon FECHT1d
ABSTRACT: Glued-in-rods represent a particular class of adhesively bonded joints increasingly being used in civil
engineering, and in which load is transmitted from timber elements by means of rods through a layer of adhesive.
Commonly used adhesives for glued-in rods in timber engineering, cold curing 2K epoxies or polyurethanes, besides
requiring relatively cumbersome bonding processes, only harden relatively slowly. Pre-applicable structural adhesives
are adhesives that can be applied on parts, then stored for weeks or months, and subsequently triggered to achieve
adhesive and cohesive strength. The pre-applicable structural adhesive investigated in this research (PASA®) can
achieve full cure by supplying thermal energy, which for the case investigated herein has been provided by induction.
Because of the non-metallic nature of the FRP rods induction was achieved by mixing metallic particles to the adhesive.
KEYWORDS: adhesive, bonded, glued-in rods, inductive heating

1 INTRODUCTION 123
Within timber engineering, glued-in rods represent a
particular class of bonded joints in which load is
transmitted from timber elements by means of rods
through a layer of adhesive; this specific type of joints is
widely been investigated [1], in particular for retrofitting
existing structures [2]. Standard practice is to employ
metallic rods, usually textured, or threaded rods, to
improve mechanical interlocking. However, for a series
of reasons, including improved resistance to corrosion in
humid or acid environments, lower weight, easier and
faster handling and installation, and lower heat
conduction into the joint in case of fire [3], fibre
reinforced polymers (FRP) can be considered to act as
glued-in rods. Numerous publications on FRP rods used
in different configurations were recently published [1–
6]; most available studies focus on Glass-FRP (G-FRP)
rods; the use of Carbon-FRP (C-FRP) bars with even
higher strength is generally discarded because timber
strength is the limiting factor [6].
Commonly used adhesives for glued-in rods in timber
engineering, cold curing 2K epoxies or polyurethanes,
only harden relatively slowly (usually in hours to days),
which is magnitudes of times longer than mechanical
fastening. Additional constraints associated with
1
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aforementioned 2K adhesives arise from the fact that
they usually necessitate some minimum temperature
below which polymerisation can take place, respectively
that pot life is strongly affected by (higher) ambient
temperature; both limitations restrict the possibilities to
bond onsite, depending on the location to a limited
number of months of a year.
Adhesive curing can be accelerated by a series of
methods, including UV light, radiation, microwaves;
however, the most widely used method remains
increasing the curing temperature. Temperature increase
acts directly on the curing kinetics, and its effect is most
commonly described using Arrhenius’ Law; practitioners
often apply the rule of thumb that temperature increase
of 10 °C halves the curing time. For smaller parts, or
standardized parts manufactured in large numbers,
temperature increase is very often achieved by oven
curing; for the highly individualized and larger parts
typically encountered in civil engineering, including
timber engineering, oven curing is not an option,
especially when manufacturing on-site.
In the context of fast curing adhesively bonded joins,
discarding ovens and direct radiation (e.g. infrared
lamps, lasers or heating sleeves), the most widely used
techniques to generate heat is electromagnetic induction,
a method well known for metals and alloys, and widely
used in a series of industries.
If metallic adherends are considered, induction heating
acts on them, and the adhesive is heated via thermal
conductivity. If inductive heating is to be used on nonconductive adherends, it is necessary to ensure that the
adhesive reacts to electro-magnetic fields; this is mostly
achieved by adding appropriate susceptors; typically
metallic particles, or electrically conductive meshes.
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Although adjunction of susceptors allows remotely
located induction coils to induce thermal energy,
associated methods have often been “plagued by nonuniformity of heating of the bondline” [7].
Although ultimately induction curing proved as efficient
as oven-curing [8–12], leading to similar shear strength
of the joint, it took the authors specific adaptation of the
coil shape to keep temperature differences inside the
adhesive layer within tens of degrees centigrade.
Additionally, it proved necessary to control the induction
power using embedded thermocouples within the
adhesive layer.
This paper describes a possible remedy to the tight
temperature constraints imposed on induction heating by
using particles made of Curie materials, and adjunct to
the adhesive. Ideally, Curie materials lose their magnetic
permeability if heated beyond T C; in turn, by losing their
ability to form magnetic field within themselves, they
stop generating heat if subjected to electromagnetic
fields. It is thus tempting to take advantage of Curie
temperatures in the context of inductive heating, since
ideally the specific phenomena associated would act as a
switch to the induction process, with shutting down the
heating beyond TC. Using Curie particles as susceptors
would automatically lead to a substantial simplification
of the process by reducing the sophistication of the
technical equipment to monitor temperatures,
respectively the skill of the induction operator.

2 MATERIALS AND METHODS
2.1 TIMBER AND RODS
For the subsequent tests, specimens were manufactured
from blocks of beech (Fagus sylvatica) cut from boards
stored prior to bonding in constant climate (25 °C) and
conditioned to approximate moisture content of 12%.
Shear strength of the beech specimens from the same
origin was determined in previous studies and amounted
to 14.3±1.32 MPa. The glued-in rod samples tested
consist of G-FRP rods (=4mm) with an embedment
length of 35 mm inserted in 30 x 30 mm² sections of
timber. Prior to inserting the rods, an oversized hole (2
mm wider in diameter than the rods, 6mm in total) was
drilled centrally up to a depth of 35 mm; beyond that
depth, a smaller hole with a diameter of exactly 4 mm
was drilled to a depth of 5 mm to allow for a controlled
centring. Figure 1 illustrates the specimens.
The rods consisted of pultruded G-FRP smooth bars
made of glass fibres embedded in a vinyl-ester resin with
a nominal diameter of 4 mm; tensile strength was
determined in tests to amount for 813±23 MPa. The rods
were inserted into the holes, a process in which
excessive adhesive was spilled out.
2.2 ADHESIVE
The adhesive used in this research was DELOMONOPOX AD066, a 1C unfilled epoxy resin.
According to the data sheet, “fast and high-strength”
curing proceeds at temperatures between 120 °C and

150 °C, with curing times being dependent on
temperature (e.g. 20 min at 130 °C). Lap shear strength
on aluminium is stated to amount for 35 MPa, while
tensile strength reaches 50 MPa; glass transition
temperature is indicated as being 132 °C, without further
specification according to which curing regime.
Differential Scanning Calorimetry (DSC—cf. Figure 2)
showed that maximum heat flow was measured around
146.9 °C, with the onset departing at 137.8 °C. Based on
the DSC, it was decided to target a curing temperature of
+160 °C; a second isothermal DSC at +160 °C showed
that full curing completes within approximatively 1.3
minutes.

Figure 1: Experimental setup for the induction process; a)
general geometry of the specimens, b) the G-FRP-rods with
thermocouples in mid-rod, c) the timber placed in the middle of
the coil, d) general view of the specimens ready to be
inductively heated

Figure 2: Thermo-analytical characterization of the adhesive
by means of Differential Scanning Calorimetry (DSC)

2.3 METALLIC PARTICLES
Two types of susceptor particles were considered in this
study. Firstly, magnetite, Fe3O4, is the most magnetic of
all naturally occurring minerals on Earth. Literature [13]
reports Curie temperatures for magnetite in the range of
773 to 850 K (roughly 500 to 576 °C), and initial
magnetic permeability of around 6 10-3 H/m. The
magnetite was provided in form of particles with a size
<44 μm.
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The second type of susceptor used in this study consisted
of Mn-Zn-Ferrite particles with a size of 100–200 μm on
average. This specific material was selected from a wide
range of alloys, which exhibited T C from 60 °C to
280 °C, to meet the requirements imposed by the
adhesive curing. According to the datasheet, initial
magnetic permeability of the selected particles peaks at a
temperature of around 125 °C to drop sharply at 155 °C,
which corresponds to its Curie temperature.
In contrast to the magnetite, the drop in permeability is
well marked, which matches the targeted curing
temperature. According to the product’s data sheet,
initial magnetic permeability below T C is in the range of
0.8–1.0 10-3 H/m, to sharply drop to zero after T C.
The specific Curie temperature of the particles was
experimentally determined using a modified ThermoGravimetric Analysis (TGA) in which a magnet’s force
on a sample was monitored for temperatures up to
600 °C. Concisely, susceptor samples were placed in a
TGA device, and then subjected to increasing
temperatures, from 25 °C to 600 °C for the magnetite,
and from 25 °C to 300 °C for the Mn-Zn-Ferrite
particles, respectively. A magnet placed below the
samples exerted a force that added to the dead weight
thereof; the latter combination of forces was measured
through the test. The idea being that when the
temperature reached, or surpasses the material’s T C, a
significant reduction in the magnetic force would result;
results are presented in Figure 3.

mixtures exhibited sufficient stability with regard to
sedimentation.
2.4 INDUCTIVE HEATING
Inductive heating was achieved by inserting all
specimens inside a coil; the complete setup is depicted in
Figure 1. The coil consisted of a hollow copper tube
(Ø = 5.8 mm, t = 0.9 mm, inner/outer diameter =
40/55 mm, 11 windings with a length of 120mm) which
was water-cooled so to prevent any heating of the coil.
The coil was the electrically connected to the oscillating
circuit that generated an alternating electromagnetic field
with a frequency of 373 kHz; under full power, 6 kW
were generated.
To allow for temperature readings during the induction
process, thermocouples provided with wave filters to
reduce the electromagnetic interferences were placed at
different positions along the rods. For each series, one
specimen was instrumented with three thermocouples:
counting from the bottom of the rods the first was placed
at 2 mm, the second in the middle at 17.5 mm, and the
third one at 33 mm. For the remaining specimens, only
one thermocouple was fixed in mid-bar.
Each specimen was submitted to the following induction
regime: first raising the temperature following a ramp of
100 K/min up to 150 °C, then maintaining 150 °C for
6 minutes, and subsequently shutting down the induction
process. During all three phases, temperatures were
continuously monitored. In terms of induction power,
this translates into quickly, within seconds, raising the
induction power to full 100%, and subsequently
maintaining without any control, and finally shutting
down the apparatus. In practice, this is equivalent to a
non-monitored heating procedure, because embedded
thermocouples were not used to regulate the induction
regime.
2.5 MECHANICAL TESTING

Figure 3: Modified TGA analysis for both susceptor particles
Table 1: Adhesive-susceptor mixtures, all percentages in mass
Mixture

Adhesive

Magnetite

Mn-Zn-Fe

M.0

60%

0%

40%

M.4

60%

4%

36%

M.8

60%

8%

32%

M.12

60%

12%

28%

Within this research, different configurations of
susceptor particles were mixed by hand with the
adhesive four mixtures are summarized in Table 1. All

All specimens were left to cool for more than 24 hours.
Mechanical testing was performed on a universal testing
machine (Zwick 1476, with a load capacity of 100 kN,
fitted with a load cell of 20 kN) in displacement control
(3 mm/min) at room temperature (+25 °C). Besides loaddisplacement curves, determined from the crosshead
displacements, ultimate loads were gathered.

3 RESULTS
3.1 MATERIAL CHARACTERIZATION
The curing characteristics of the adhesive, as
experimentally determined by means of a DSC are
reported in Figure 1. The data logged within the first 10
minutes of the test shows that after around 3.7 min heat
flow peaks at a value of 8.67 W/g. Beyond that, heat
flow asymptotically drops to almost zero (0.13 W/g
reached at after 6.7 min). Another way to represent this
data is to express the curing progress by means of the
conversion degree, herein defined as the fraction of
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cumulated heat flow at each time step, W(t), relatively to
the total heat flow, W (estimated as being the total heat
provided). At each time step, cumulated heat flow is
obtained through integration of the heat flow in the
isothermal part of the curing regime. Plotting the
conversion degree  = W(t)/ W, as done in Figure 4,
shows that almost fully completed (to 99%) after 6.7
min, which corresponds to 4 minutes of curing at 150 °C.
Accordingly, at a temperature of 150 °C, curing is
almost complete after 4 min.

beyond. The temperature zone at which the Curie effects
take place is relatively broad, since significant reductions
start to be noticeable around 500 °C. Test results clearly
show that for magnetite no Curie effects are likely to
occur during the curing of the adhesive, which is
targeted to be around 150 °C.
Compared to the magnetite, results for the Mn-Zn-Ferrite
particles are significantly different, as indicated by
Figure 3. The drop in magnetic properties is well
marked, with a very narrow temperature window around
the specific value 150–155 °C, the corresponding values
is much lower than for magnetite. The tests in essence
confirm that the Curie temperature Tc is adequately
approximated by 155 °C.
3.2 INDUCTIVE HEATING

Figure 4: Evolution of conversion degree during the
isothermal phase

The estimation of the Curie temperatures of the
susceptors using the modified Thermo-Gravimetric
Analysis (TGA) yielded in the result displayed in
Figure 3, where dead weight is augmented by the
traction forces exerted by the magnet. The data shows
that magnetite is attracted by the magnet until it reaches
temperatures around 550–600 °C, to gradually drop

The first series of temperature measurements aimed at
determining the temperature distribution along the rods
during the induction process. One specimen of each
series was instrumented with three thermocouples (at
bottom, middle and top). The first observation is that the
induction process using susceptor mixture M.0, cf.
Figure 5.a, which only consisted of Mn-Zn-Ferrite
particles, results in a relatively slow temperature increase
of a mere 25 °C relatively to the initial room temperature
even after almost 7 minutes. Additionally, although
temperatures at the top and in mid-rod are almost equal,
temperatures at the bottom are noticeably lower; the
temperature distribution within the sample thus cannot
be considered homogeneous. Because of the poor
heating performance of the specimen with susceptor
mixture M.0, no further tests were carried out with
adhesives containing solely Mn-Zn-Ferrite particles.

(a) Mixture M.0

(b) Mixture M.4

(c)

(d) Mixture M.12

Mixture M.8

Figure 5: Temperature readings along the rods for a representative of each of the four series
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For all other cases, and almost equally for all susceptor
mixtures, as depicted in Figure 5.b–d, temperatures
quickly, within around 90 sec, rose from room
temperature to 150–160 °C; then, very sharply, the
increase of temperatures is stopped and stabilized to
almost constant 155 °C, on average. The differences in
temperature at different positions along the rod, although
noticeable, remain in a narrow range of ±5 °C. The
scattering of temperature readings increases with
increasing magnetite content, as shows the diagrams
depicted in Figure 5.b–d.
In a second set of experiments, after rejecting adhesive
mixture M.0, all remaining specimens with mixtures
M.4, M8 and M.12 were inductively heated following
the very same regime described above; the difference
being that only the temperature in mid-rod was
monitored. All corresponding results are presented in
Figure 6, where the observations made previously on the
first set of specimens are confirmed; temperature quickly
rises to 150–160 °C, and then stabilizes. While the
stabilization of temperatures for series M.4 yields into an
almost constant temperature over time, a slight increase
is noticeable for M.8 (increase of approx. 1.4 K/min), an
increase even more pronounced for M.12 (increase of
approx. 2.3 K/min). Additionally, temperatures for all
specimens remain in a relatively narrow temperature
window (± 8 °C), indicating a high reproducibility of the
induction heating process, even with no temperature
control.
The significant differences in inductive heating
performance between the Curie and magnetite particles
are evident: Mn-Zn-Ferrite particles alone fail at
generating sufficient heat, and substituting as few as 4%
Mn-Zn-Ferrite particles by magnetite dramatically
enhances the thermal response. It is tempting to track
back this effect to the difference in their respective
magnetic permeability: for the Mn-Zn-Ferrite particles
μ ≈ 0.8–1.0 10-3 H/m, for magnetite μ ≈ 6 10-3 H/m.
However, the difference of magnetic permeability alone,
although significant, does not offer a simple explanation
for the fact that the dramatically faster heating of M.4
does not extend beyond T C, where readings suggest
almost constant temperatures. Moreover, it does not
elucidate why subsequent doubling, or tripling, of the
magnetite content does not proportionally change the
thermal behaviour of the particle mix; as temperature
readings indicate that the heating rate beyond T C is only
marginally changed from almost constant for mixture
M.4 to a mere 1.4 K/min for M.8, respectively 2.3 K/min
for M.12.
One possible explanation is hinted to by the relatively
rapid cooling of the specimens once the induction
process is shut down: Figure 5 and Figure 6 both show
that within 9 min, temperatures inside the joints drop
from 150–160 °C to 25 °C. Obviously, the timber around
the heated adhesive is poor at insulating the heated mix
of adhesive and particles. The induction process has to
balance thermal influx in the system, which occurs in the
particle-filled adhesive, with thermal losses radiated
through the outer surfaces of the specimen. Conversely,
below TC, both particle types together achieve a positive

energy balance, resulting in temperature increases.
Beyond TC, however, with the Mn-Zn-Ferrite particles
no longer generating significant heat, magnetite particles
alone merely achieve to maintain the energy balance
(M.4, with almost no temperature increase), respectively
develop a small excess in thermal energy (M.8 and
M.12, with very small temperature increases).

(a) Mixture M.4

(b) Mixture M.8

(c) Mixture M.12
Figure 6: Temperature readings in mid-rods for all specimens
involving mixture M.4, M.8, and M.12

3.3 MECHANICAL TESTING
Mechanical testing occurred 24h after induction;
considering that temperatures after the induction process
dropped within minutes to room temperature, as
consistently indicated by Figures 5 and 6: this is
magnitudes longer than needed to cool down.
Loads and displacement, as displayed in Figure 7, were
directly taken from the UTM, with no external
transducer used. Load displacement curves exhibited a
slight tendency to flatten around half the ultimate load
reached. Failure, in most cases, occurred by adhesive
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Table 2: Experimental results on the mechanical testing
Series

Load at failure [kN]
Average Std.-Dev.

Variance
[%]

Displacement
at failure [mm]

Shear stress at failure
at FRP-rod [MPa]

Average Std.-Dev.

Average Std.-Dev.

M.4

5.02 ±0.23

5%

1.17 ±0.08

11.42 ±0.52

M.8

5.33 ±0.40

8%

1.39 ±0.17

12.11 ±0.91

M.12

5.19 ±0.36

7%

1.75 ±0.61

11.80 ±0.82

Overall

5.19 ±0.34

7%

1.54 ±0.41

11.80 ±0.78

failure along the smooth FRP rod, and only in limited
occurrences was mixed-adhesive-cohesive failure
observed; in all cases, failure could safely be classified
as brittle. Failure loads attained, as listed in Table 3,
5.19±0.34 kN, if averaging all test results; this is
consistent with averages of each individual series,
suggesting no correlation between failure loads and
magnetite content. Scattering of loads at failure was
relatively low, with a variance of a mere 7%. Related to
the net cross section of the G-FRP rods, failure loads
correspond to tensile stresses of 413±27 MPa, safely
below the corresponding strength of 813±23 MPa.

Figure 7: Load-displacement curves of the tested glued-in rods

If averaging loads at failure along the bonded surface at
which adhesive failure was mostly observed, shear
stresses at failure of 11.80±0.78 MPa result. Achieved
shear strengths thus compare to values reported in
literature: e.g. 11.8 MPa with epoxy bonded G-FRP rods
in C35 grade timber [14], 5.0 MPa with steel and GFR
rods glued-in with epoxy in oak [15], 3.6 MPa with GFRP rods glued with epoxies in softwoods [16], as a few
examples.
For displacement at failure, 1.54±0.41 mm if averaging
regardless of susceptors mixture, there is a slight
tendency for larger deformations with increasing
magnetite content. If compared to the overall average,
deformations are 24% lower for series M.4, 9% lower
mm for M.8, and 14% higher for M.12, respectively.
Since no mechanical characterization of the adhesiveparticle-mix was performed, no attempts were made to
explain this difference.

4 CONCLUSIONS
This paper investigated the possibilities offered by using
Curie susceptors, which switch-off their magnetic
properties beyond their Curie temperature, to inductively
heating bonded joints, so to lift the constraints associated
with temperature control and induction power control.
The selected particles’ Curie point, 155 °C, matched well
the temperature range in which the associated adhesive is
able to cure rapidly. Differential Scanning Calorimetry
showed that at that temperature, curing of the adhesive
completes in less than 4 min. However, matching Curie
and curing temperatures alone proved not a sufficient
condition for fast curing, as experimentally shown in the
heating test with only Mn-Zn-Ferrite particles mixed to
the adhesive. The susceptibility of the adhesivesusceptor mixture was increased by substituting small
proportions (4%, 8%, and 12%) of Mn-Zn-Ferrite
particle with magnetite. In doing so, the best of both
materials was used for the induction process: fast initial
heating of the probes thanks to the magnetite, and
temperature control owing to the Mn-Zn-Ferrite
particles.
The subsequent induction heating tests clearly showed
that temperature was effectively controlled, and
relatively equally distributed along the bonded rods; this
in turn allowed to free the induction process of any form
of temperature control. However, the experiments also
indicated that the magnetite content could not be chosen
randomly: beyond a critical proportion, herein estimated
to be around 12 %, temperatures did not stabilize to an
almost constant value, and scattering of the resulting
temperatures did increase. It is posited that the
investigated specimens did balance thermal energy
influx with thermal losses at their outer surfaces, which
depends on their geometry, but also from the
environmental temperature. The magnetite content is
thus a pivotal parameter for practical applications, in
particular when considering inductive heating on-site,
under low temperatures: chosen too low potentially
slows the curing process; selected too high results in a
less controlled process.
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The inductively cured G-FRP rods bonded in beech
manufactured resulted in glued-in rods of reproducible
good quality: variance of the experimentally determined
pull-out strength did not exceed 7%; and nominal
averaged shear stresses at failure of 11.80 MPa were
attained—which compares well with experimental
results reported on glued-in rods.
The research clearly indicates that, under laboratory
conditions, induction leads to glued-in rods similar in
strength to those manufactured considering cold curing
2K-adhesives practitioners usually use. Compared to
current practices, full strength is achieved within
minutes, instead of hours, or days, representing a
substantial gain in processing time. Additionally, the
heating process is largely independent from outside
conditions, potentially allowing to extend the work on
site all over the year. With the suggested use of Curie
particles matching the curing temperature of the
corresponding adhesive, the induction process is
completely freed from any temperature monitoring and
control, which lessens the burden for practitioner’s
qualification.
However, before amending the state of the art, a series of
complementary questions have to be answered, among
them quantifying the effect of relatively high mass
percentage of metallic particles on the mechanical
properties, the workability, and the durability of the
resulting adhesives.
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MULTIFUNCTIONAL COMPOSITE WALL ELEMENTS FOR
MULTISTORY BUILDINGS MADE OF TIMBER AND WOOD-BASED
LIGHTWEIGHT CONCRETE
Alireza Fadai1, Christoph Radlherr2, Sepehr Setoodeh Jahromy3, Wolfgang
Winter4
ABSTRACT: This paper aims to discuss timber-wood lightweight concrete composites for application in wall
components for buildings. The aim is to develop a multi-layer wall system composed of wood lightweight concrete,
connected timber sections to gain and use advantages of each used material – lightweight, structural, thermal storage and
insulation, ecological and economic benefits – to name the most important ones. The development of timber-wood
lightweight concrete composites systems will lead to a new generation of polyvalent multi-material building components.
By using renewable resources, waste products of the forest industry, and manufactured wood products, this technology
provides statically and energy-efficient components for low-energy constructions. Such products support rapid-assembly
construction methods, which use prefabricated dry elements to increase the efficiency of the construction. Wood-based
alternatives to conventional concrete or masonry construction also open opportunities to reduce the carbon emissions.
KEYWORDS: Wood-based construction, wood lightweight concrete, wall elements

1 INTRODUCTION123
Within several research projects and with the aim to
optimize structural performance, energy efficiency and
ecological characteristics of structural building
components the Department of Structural Design and
Timber Engineering (ITI) at the Vienna University of
Technology (VUT) developed several wood-based
composite systems, which combine timber products with
other conventional building materials and components.
As a representative example for these developments, the
application of wood lightweight concrete (WLC)
composites illustrates the extent of interrelationships in
the development of complex system solutions when
focusing on the increase of resource efficiency [1].
WLC is a mixture of cement, wood chips or saw dust that
can be applied to building interior and outer construction.
The composite of cement and wood-particles was
developed about 85 years ago and was applied in nonload-bearing building materials such as insulating boards.
There are many products available on the market –
cement-bonded wood, wood wool, or wood-fibers boards
– typically used for insulation and surface finishing. More
recently developed products deal with WLC bricks and
complete monolithic walls elements [2], [3].
Nowadays WLC products are mainly used for nonstructural purposes, such as noise or fire protection
1
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boards. The proposed technology combines concrete
construction tradition with organic renewable resources as
an alternative to conventional concrete or masonry, also
opening opportunities to reduce carbon emissions through
the increased use of wood for construction.
The research project “wood-based concrete: building
construction with composite elements of wood-concrete
compounds and timber (WooCon)” aims at developing a
multi-layer wall system composed of WLC and timber in
composite action for application in structural building
components and optimize a composite system by using
the most advantageous properties of each material and
component.
Bearing wall elements with the wooden timber WLC
composite systems are relatively light and offer an
integrated acoustic and fire protection. The knowledge of
practical applications of structural elements with timberWLC composites is quiet relatively limited. For example,
there is no information as to what methods can be applied
for the design of such components. In addition to the
analysis of the timber-WLC-composite wall also
experimental research, design and assessment of
structural wood-based wood lightweight concrete
composites are illustrated in this paper.
3
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2 MULTIFUNKTIONAL COMPOSITE
WALL ELEMENTS

describe the composite system are “Gamma-Method” and
“Expanded Gamma Method” [7].

In the wood-concrete composite construction, wood
(usually solid wood, laminated timber, cross laminated
timber or laminated veneer lumber) is coupled with a flat
layer of concrete (normal concrete, lightweight concrete,
steel fiber concrete) to produce a hybrid component.
There is a large variety of possibilities to connect these
two components. For example, they can be connected by
using mechanical joining elements or adhesives.
Negative influences on the hardening of concrete caused
by several components of timber can be eliminated by
means of suitable pre-treatment and added substances.
Hence, WLC can serve a wide range of static purposes [4].
Building-physical aspects play a significant role in the
selection of wall-construction. The interaction between
strength, thermal insulation, heat storage, acoustic
insulation and fire protection leads to the usage of
different wall constructions.
Timber-WLC composite constructions have on the one
hand a high degree of prefabrication; on the other hand,
they combine the building-physical and structural
advantages. In addition, they have a good record of
material and energy flows. They are also characterized by
low weight, simple and quick installation and
transportation.

3 DESIGN OF WALL ELEMENTS

lk

The research project “WooCon” deals with the question
of whether the use of timber-WLC-composite walls can
make a wall structure contribute to the load- bearing
capacity and if so, to what extent. From the structural
point of view, the composite of wood and concrete causes
a distribution of external stresses on both sections.
Cross laminated timber (CLT) was used in the research
project “WooCon” as the core of the wall (Figure 1).
Additional layers of WLC were glued to both sides of the
CLT (Figure 2). This system has been analyzed based on
the Gamma-Method according to the EC 5, Appendix
B [5]. However, the Gamma Method is limited to the use
of two or three parts that are connected. Therefore, the
method had to be enhanced for this composite system.

Figure 1: Construction with cross laminated timber [6]

The influence of different material parameters on the
structural behavior of the composite system is analyzed
by means of a parametric study. The methods used to

Figure 2: Timber-WLC composite wall [1]

Due to the great variety of different mixtures of WLC,
there is a wide range of applications. These developments
show new ways in the use of WLC and broke the ground
for new fields of application. Due to the used aggregates
and additives, WLC compositions can provide various
material characteristics.
It could be shown that by certain usage and with a certain
composition of WLC, it can contribute to the load-bearing
capacity. By distributing the tensions between all layers
(depending on their stiffness) and by achieving a higher
) and lower slenderness , it would
moment of inertia (
be possible to create a composite system with higher loadbearing capacity. To what extend the load-bearing
capacity of this system could be improved depends on the
properties of the layers to be connected (WLC). The
developed multi-story wall systems shall be implemented
within the framework of various pilot projects.

4 BUILDING-PHYSICAL
INVESTIGATIONS
Thermal insulation respectively thermal storage capacity
measurements and consequential numerical simulations
regarding thermal dynamic building- and hygrothermal
construction properties investigated building-physical
consequences of cement-based timber constructions.
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4.1 MEASUREMENT OF THERMAL
PROPERTIES
To ensure valid boundary conditions for the numerical
simulations, various measurements of the thermal
properties of the most promising conceptual designs of
WLC floor and wall elements were realized with focus on
the thermal insulation and storage capacity properties.
Measuring the heat flow rate allows to derive the heat
conductivity resistance RT [m²K/W] as well as the thermal
conductivity λ [W/mK] = t/RT of a wall section of
thickness t, being usually required in building-physical
analysis.
The lower the thermal conductivity λ, the better isolator
is the considered material or wall type, respectively.
Furthermore, reference is often made to the so-called
U-value, being the inverse of RT.
4.1.1 Building physical requirements
The national U-values for new buildings required in
Austria, Germany and Slovenia could be seen in Table 1.

4.1.3 Test results of the thermal insulation
characteristics
The results of the thermal insulation measurements are
represented in Table 2.
Table 2: Thermal insulation properties of wall elements in
timber and prefabricated WLCs

Table 1: Thermal insulation requirements
U-Value Exterior
Wall [W/m²K]
U-Value Roof
[W/m²K]

Figure 3.: Test set-up for thermal insulation measurements
(thermal conductivity tests), different wall sections

Austria [8]

Germany

Slovenia

≤ 0.35

≤ 0.28

≤ 0.28

≤ 0.20

≤ 0.20

≤ 0.20

4.1.2 Test execution of the thermal insulation
characteristics
Thermal insulation characteristics were tested on four
different set-ups composed of timber layers and glued on,
prefabricated WLC elements (noise protection chip board
WSD 50), as well as on the cement-bonded noise
protection chip board WSD 50 itself without any other
compound materials. The constructions can be seen in
Table 2.
The tested WLC element is a mineralized noise protection
chipboard with increased gross density and high dynamic
stiffness according to the Austrian standard
OENorm B 6022 [9] used for interior or exterior walls and
residential partition walls, where a high level of noise
protection is required.
The
tests
were
performed
according
to
OENorm EN ISO 8990 [10]. Impressions thereof can be
seen in Figure 3, the structure of the used specimen is
represented in Table 2.

Thickness t
RT,test
Utest
λtest
[m]
[m²K/W]
[W/m²K]
[W/mK]
A
0.050
0.421
2.375
0.119
B1
0.077
0.643
1.555
0.120
B2
0.082
0.616
1.623
0.133
C1
0.104
0.973
1.028
0.107
C2
0.137
0.929
1.076
0.147
A) 50 mm WLC;
B1) 50 mm WLC, 27 mm Timber;
B2) 50 mm WLC, 5 mm adhesive, 27 mm Timber;
C1) 50 mm WLC, 27 mm Timber, 50 mm WLC;
C2) 50 mm WLC, 5 mm adhesive, 27 mm Timber,
5 mm adhesive, 50 mm WLC
RT,calc.*
Ucalc.*
[m²K/W]
[W/m²K]
A
0.400
2.500
B1
0.656
1.524
B2
0.660
1.516
C1
0.990
1.011
C2
0.997
1.003
* calculated using the
manufacturer's data [11]

The results in Table 2 show that the thermal insulation
properties of the tested prefabricated WLCs material are
between a thermal insulation material (e.g.
λ ≈ 0.04 W/mK for mineral rock wool and
λ ≈ 0.11-0.13 W/mK for spruce). The calculations
showed that the manufacturer's data match the results
within minor deviations of about 2-5 %, which is in an
acceptable range for arithmetic errors and statistical
spread.
Furthermore, the results in Table 2 show that the
experimental results for thermal insulation properties of
pure WLC (section type A) are clearly better than
provided manufacturer data (λ = 0.125 W/mK).
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The results of the experimental campaign on thermal
properties of WLCs principally confirm that they
considerably contribute to thermal insulation of buildings
and that they also show a potential for exploiting them in
thermally activated floor slabs. Analogous results will be
derived for wall types with pourable WLCs.
4.1.4 Test execution of the thermal storage capacity
characteristics
Next to the examined thermal insulation, characteristics
further tests were also performed for determining the
thermal storage capacity of the prefabricated WLCs.
Thermal storage capacity characteristics of timber-WLC
composite floor elements were experimentally
determined in tests on two specimens. The structure of the
used specimen is represented in Table 3; impressions of
the test execution can be seen in Figure 4.

approximately in the range of spruce timber but with a
higher density.
4.2 THERMAL DYNAMIC BUILDING
SIMULATION
With the thermal properties gained through the
measurements described in chapter 4.1 a conditioned
space of simple geometry surrounded by components of
WLC is compared to the same space bordered by solid and
lightweight constructions - with regard to heating
demand, as well as to summerly overheating hours.
The simulation model measures 8 by 8 meters and 3
meters in height using external dimensions (Figure 5).

Figure 5: Simulation model

Figure 4.: Test set-up for thermal insulation measurements to
determine the thermal storage capacity

4.1.5 Test results of the thermal storage capacity
characteristics
The results of the thermal storage capacity measurements
are represented in Table 3. The table is additionally
supplemented by the thermal conductivity and is in
comparison with conventional building materials.
Table 3: Thermal storage capacity properties of prefabricated
WLCs in comparison with conventional building materials
Timber
(spruce)

Density ρ
[kg/m³]

430

Rein- Mineral WLC
WLC
forced
rock Insulation Noise
concrete wool chipboard protection
WS50 chipboard
WSD35
2,400

0.11-0.13
Thermal
(0.14)
conductivit
transverse 2.50
yλ
to the fiber
[W/mK]
direction
Specific
heat
1.60
1.08
capacity cp
[kJ/kgK]
* manufacturer's data [11]

90-150

560*

750*

0.035 0.040

0.1*

0.125*

1.03

1.74

1.64

The results in Table 3 show that the specific heat capacity
of WLC chipboards is significantly higher than the
capacity of reinforced concrete and mineral rock wool
(cp = 1.08 kJ/kgK resp. cp = 1.03 kJ/kgK). It lies

4.2.1 Boundary conditions of the simulation
building
The room size was chosen referring to the possible span
of the WLC slab, which is 8 meters. The walls are exposed
to external climate conditions, the slab and the floor are
modeled as adiabatic borders, which means that the
adjoining rooms below and above have same thermal
conditions like the investigated room itself. The
investigated room consists of three timber framed triple
glazed windows (Ug = 1.23 W/m²K, g = 0.59), each 3 m²
facing to east, south and west side. The different exterior
walls meet the requirements of the OIB Guideline 6 [8]
having a U-value of 0.33 W/m²K. The windows do not
have any sunblinds, because if used, the summerly
overheating hours could be reduced to zero (especially
using the massive constructions) resulting in losing this
value for comparison of the different constructions. The
slabs are dimensioned to the corresponding span.
During the heating period the room is heated to 20 °C, in
summer times a natural (night) ventilation through the
opened windows is used when exterior temperature is
below room temperature to reduce the maxima of the
interior temperatures.
Internal Loads are chosen on a constant basis, for better
illustration of the course of the operative room
temperature. A permanent occupant with an internal gain
of 90 W is specified, as well as a constant of 2 W/m² for
the equipment sensible gain. The infiltration rate is set to
0.1 h-1. The exterior climate refers to the location of
Vienna-Schwechat using an ASHRAE 2001 IWEC
Weather File.
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4.2.2 Used constructions in the simulation
The thermal properties gained through the measurements
(λ, c) are used for the simulation of the WLC
constructions. The WLC constructions are compared to a
very lightweight timber frame construction as well as to
two different massive constructions (monolithic
honeycomb brick and concrete ETICS). The used material
abbreviations OSB and MDF stand for Cross Oriented
Strand Board and Medium Density Fiberboard.
Wall constructions
The constructions are designed to observe the Austrian
building physical requirement (Ureq ≤ 0.35 W/m²K) [8].
Table 4: Wall constructions used in simulation
Variant ITI wall (WLC), U = 0.329 W/m²K

λ
t
[W/m²K] [mm]
Clay plaster
0.820
10
WLC WSD50
0.120
50
CLT Spruce
0.120
120
WLC WSD50
0.120
50
Wood fiber board 0.040
40
Standard plaster
0.670
15
Variant LB wall, U = 0.335 W/m²K
λ
t
Illustration
Layer
[W/m²K] [mm]
Gypsum plaster
0.290
10
OSB 3
0.130
15
Glass wool 90 %
0.040
120
Timber 10 %
0.120
MDF
0.100
10
Standard plaster
0.670
15
Variant MB Brick wall, U = 0.330 W/m²K
λ
t
Illustration
Layer
[W/m²K] [mm]
Gypsum plaster
0.290
10
Brick
0.114
320
Honeycomb
Standard plaster
0.670
15
Illustration

Layer

Variant MB Concrete wall, U = 0.327 W/m²K
Illustration

Layer
Gypsum plaster
Concrete
reinforced
EPS-F
Standard plaster

λ
t
[W/m²K] [mm]
0.290
10
2.300
180
0.040
0.670

110
15

Floor constructions
Due to the same thermal conditions of the adjoining
rooms compared to the investigated room, the floor
constructions do not have any national requirements
regarding building physic properties.

Table 5: Floor constructions used in simulation
Variant ITI floor (WLC), U = 0.402 W/m²K
Illustration

Layer
Concrete
3x WLC WSD50
CLT (spruce)

λ
t
[W/m²K] [mm]
1.650
60
0.120
150
0.120
120

Variant LB floor, U=0.518 W/m²K

λ
t
[W/m²K] [mm]
Timber Floor
0.120
5
Gypsum
fiber 0.400
18
board
Imp.
noise 0.035
20
insulation
OSB 3
0.130
15
Airspace 81 %
0.900
24
Timber 19%
0.120
Glass wool 81 %
0.040
40
Timber 19 %
0.120
MDF
0.100
10
Standard plaster
0.670
15
Variant MB floor, U = 1.002 W/m²K
λ
t
Illustration
Layer
[W/m²K] [mm]
Timber Floor
0.120
5
Gypsum
fiber 0.400
18
board
Imp.
noise 0.035
20
insulation
Concrete
2.300
270
reinforced
Standard plaster
0.670
15
Illustration

Layer

4.2.3 Execution of the simulation
The thermal dynamic building simulation was intended to
be done using the simulation software TRNSYS 17 with
its multizone building modeling Type56. Especially for
this intended purpose, having either very high or very low
thermal mass constructions the Type56 calculation
algorithm reaches its limits, making it impossible to
obtain any results. For this reason, the simulation
Software EDSL TAS 9.3.1 was chosen.
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Heating Energy Demand [kWh/a]

4.2.4 Results of the simulation
The annual heating energy demand as well as the annual
overheating hours can be seen in Figure 6 and Figure 7.
1400
1200
1000

1250

1267

1290

Var MB
Concrete

Var ITI

Var MB
Brick

1397

800
600
400
200
0

Var LB

Figure 8: Operative room temperatures at different
constructions and ext. temperature at hot summer period

Overheating Hours [h/a]

Figure 6.: Annual heating energy demand
220
200
180
160
140
120
100
80
60
40
20
0

209

122
102
82

Var MB
Concrete

Var ITI

Var MB
Brick

Var LB

Figure 7.: Annual overheating hours

The WLC constructions show a very good effective heat
capacity that can be classified in-between massive
concrete constructions (ETICS) and massive brick
(honeycomb) constructions. The thermal dynamic
properties according to OENorm EN 13786 [12] of the
WLC Wall (Var ITI) are listed in Table 6. The thermal
mass of this construction is 56.13 kg/m².
Table 6: Thermal dynamic properties of WLC wall - Var ITI
(excl. | incl. Rsi and Rse)
Property
Thermal absorption insideY11
[W/(m²K)]
Thermal absorption outside Y22
[W/(m²K)]
Dynamic thermal absorption Y12
[W/(m²K)]
Effective heat capacity inside χ1
[kJ/(m²K)]
Effective heat capacity outside χ2
[kJ/(m²K)]
Thermal transmittance U
[W/(m²K)]
Decrement f

Abs.
Time
value lag [h]
4.276
3.75
|3.081
|2.45
2.183
4.05
|2.102
|3.78
0.033
9.27
|0.023
|7.68
58.751
|42.303
29.889
|0.328
0.348
|0.328
0.093
|0.069

The impact of the different constructions and its different
effective (internal) heat capacity to the operative room
temperature is illustrated in Figure 8 by pointing out a hot
summer period (maxima of yearly exterior temperatures).
Again it should be stated, that using sunblinds for the
windows would reduce the operative temperatures
significantly. The yearly operative temperature maximum
in the simulated room having WLC constructions results
in 29.4 °C, thus in-between the one of the massive
concrete constructions (29.1 °C) and the monolithic
honeycomb walls with concrete slabs (30.3 °C). The very
lightweight wood timber constructions lead to a
maximum of 31.5°C. The thermal transmittance of all
exterior walls is same at 0.33 W/m²K, so the difference of
2.4 K maximum can be traced back to the thermal capacity
only.
According to the Austrian standard OENorm B 81103 [13] summerly overheating is existent if the operative
room temperature is higher than 27°C. Figure 7 shows the
amount of hours per year having the operative room
temperature higher than 27°C. Under simulation
conditions, the summerly overheating hours can be
reduced to less than the half using the WLC constructions
(102 h) instead of a very lightweight construction (209 h).
Again, the WLC constructions can be found in-between
massive concrete (82 h) and honeycomb brick
constructions (122 h).
Moreover, the impact of the thermal capacity to the
heating energy demand is investigated. Figure 6 presents
the yearly heating energy consumption for the simulated
room. The difference of using the WLC constructions to
using lightweight constructions is 130 kWh/a, while the
difference to the mineral-based massive structures is very
low.
Optimizing the WLC wall in respect to the thermal
capacity could be done using hard wood instead of soft
wood like spruce for the carrying structure (CLT). More
effective for the 24 h period simulation resulting in better
summerly behavior is the optimization on the layers of the
interior room side. The use of the noise protection
chipboard WSD50 is already an improvement over using
the insulation chipboard WS50. Lower in density and
thermal transmittance the WS50 is not just lower in noise
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protection but also shows lower thermal capacity.
Changing to the WS50 chipboard (and thus reducing the
wood fiber insulation board by 6mm to achieve same
thermal transmittance) at the WLC wall leads to following
results: yearly maximum operative temperature: 30.1 °C,
yearly overheating hours: 108 h, yearly heating energy
consumption: 1268 kWh/a.
Instead using a 35 mm clay plaster instead of 10 mm
shows improvement: yearly maximum operative
temperature: 29.3 °C, yearly overheating hours: 95 h,
yearly heating energy consumption: 1245 kWh/a. This
measure also increases the thermal mass of the WLC Wall
from 56.13 kg to 86.00 kg. Additionally increasing the
thickness of the concrete layer of the WLC Floor from 60
mm to e.g. 80 mm does not show relevant influence (e.g.
reducing overheating hours by 2 h).
The thermal capacity on the inside can also be optimized
using phase change materials (PCM), but is not intended
in this case – rather using natural building materials. The
specific thermal capacity of spruce was set to 1.6 kJ/kgK,
some measurements done at the ITI/VUT show even
higher values reaching up to 2.0 kJ/kgK, also depending
on the density of the wood. This shows that the results for
the presented WLC wall even could show better results in
reality.

section of the wall. Further investigations are intended
regarding behavior in thermal bridge areas like
component connections etc.

5 FIRE PROTECTION
In the course of a first assessment noise protection
chipboard WSD35 (3.5cm) and WSD50 (5cm) with a
density of 750 kg/m3 were analyzed concerning to their
combustion behavior. The manufacturer specifies the
flammability class A2 for this product, but does not
promulgate information about the detailed compositions
so that the proportion of wood contents and binding
agents can only be estimated as followed:
• noise protection chipboard WSD50 (5cm),
raw density 750 kg/m3:
wood content approx. 250 kg/m3, cement
content approx. 350 kg/m3, relation W/C: 0.71

4.3 CONSTRUCTION BASED
HYGROTHERMAL SIMULATION
4.3.1 Boundary conditions and execution of the
simulation
The Austrian standard OENorm B 8110-2 [14] calculation
method regarding condensate inside the construction is
the Glaser method that purely regards the transport of
moisture through vapor diffusion and not includes
relevant parameters. The DIN EN ISO 13788 [15] names
the following criteria for a holistic approach: capillary
suction effect of incorporated materials, hygroscopic
properties, changing material properties (e.g. λ in varying
moisture content), convection, changing boundary
conditions, solar radiation, rain, etc.
This leads to an examination by means of a numerical
calculation software. Wufi 2D 3.4 is used for this purpose.
In this simulations half-synthetic climate data [16] of the
location Vienna - Hohe Warte was used.
4.3.2 Results of the simulation
Exemplarily the standard WLC wall section is analyzed
regarding transient hygrothermal behavior. The simplified
Glaser method as well as the hygrothermal simulation do
not show any problems regarding condensate inside the
construction having Viennese climate conditions. The
overall water content in the construction is not
accumulating over the 10 years simulation period. A north
faced wall (minimum solar input) as well as a west
orientated wall (biggest driving rain input for this
location) is examined. Both sides are over the whole
simulation period in uncritical conditions regarding
condensate, mold growth or even wood degradation. The
maximum wood moisture in the 10th year is at 6 M. % or
below in the wood- or wood based layers – thus far from
the critical 20 M. %. This analysis refers to the standard

Figure 9: uniform-temperature-time-curve (UTTC) in
accordance with the ÖNORM EN 13501-2 [17]

The combustion rate of WLC panels WSD50 were tested
in a laboratory furnace that corresponds with the
regulations of the ÖNORM EN 1363 [18] in accordance
to the uniform-temperature-time-curve (UTTC) [17] and
optically classified. The UTTC is also internationally
recognized as an ISO-curve and used for common fire
testing to simulate a real fire scenario.
Table 7: Optical classification of noise protection chipboard
WSD 50 after 15 min, 30 min, 45 min, 60 min under fire load
Duration [min]
15
30
45
60

valuation by
observation
0.5-1.0 cm
1.5-2.0 cm
3.0-3.5 cm
4.0-4.5 cm

Acceleration
speed [mm/min]
0.34-0.67
0.50-0.67
0.67-1.00
0.67-1.00

Figure 10: Optical classification of noise protection chipboard
WSD50 after 45 min, 60 min, 75 min, 90 min, 105 min, and
120 min under fire load
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5.1.1 Comparison between WLC and gypsum
plasterboards
In the course of several fire testing the temperature
development was measured in the gap between noise
protection chipboards and the timber surface, which is
necessary to be found out for the valuation of the cladding
criterion. To fulfil the cladding criterion K load bearing
timber structures need to be protected against
inflammation for a certain required time span, which is
generally 60 minutes (criterion K60) or 90 minutes
(criterion K90). The constructive dimensioning of
claddings has to be designed in a way that an average
temperature increase of 250 °C and a maximum
temperature increase of 270 °C are not exceeded on the
surface of the load bearing structure, which is decisive.
Moreover, a carbonization of the surface and a
penetration of fire and smoke must be prevented.
Finally, the results were evaluated, documented in timetemperature curves and compared to each other.
Moreover, the temperature development was measured in
the gap between the reference material, gypsum
plasterboards (2 x 1.5 cm) and the wooden surface. The
results were compared with results that were already
known from testing at the Fraunhofer Institute for Wood
Research [19]. As both results were identical it was
concluded, that the general conditions of the small-scale
trials on which this publication is based were appropriate.

01 - Idealized jointless
single-layer composite

02 - One (and two-) ply
panel joint

03 - Screws
Figure 12: Three different test types of timber-WLC (noise
protection chipboard) composites (test series 01 – idealized
jointless single-layer composite, test series 02 – one (and two-)
ply panel joint, test series 03 – screws)

Figure 11: Comparison of temperature development on the
wooden surface underneath 3.5 cm cement bonded woodchip
boards (orange, carbonization after approx. 72 min) and
3.0 cm gypsum fiberboard (green, carbonization after approx.
57 min), decisive: Δtaverage=250 °C

With the direct comparison between the product-related
not equally dimensioned noise protection chip board
(3.5 cm) and gypsum plasterboards (2 x 1.5 = 3.0 cm) it
was determined that the 17 % thicker composite material
wood lightweight concrete reaches a 36% longer lasting
resistance period considering to the cladding criterion
(Figure 11).
5.1.2 Fire tests on CLT-WLC composite walls
In the course of the main experimental phase several
single tests were made that are assigned to the following
three superordinate test types:

The construction of test series 1 is equivalent to the
decisive preliminary tests that are shown in Figure 11
(orange line, WSD35, resistance duration 72 min).
Nonetheless, in this case the thicker noise protection chip
boards WSD 50 (5 cm) were used that are able to reach a
resistance duration of approximately 87 minutes, which is
already close to a desirable duration of 90 minutes.
In the course of test series 2 the temperature development
at the deepest point of a one ply joint between two
adjoining woodchip insulation boards was examined to
get a comprehension of how much the protective function
decreases compared to the ideal jointless composite of test
series 1. With a joint width ≤ 1mm, the temperature
development within the first 45 minutes was equivalent to
the development in the previous series. Subsequently
there is a sudden temperature rise that causes a resistance
duration of 53 minutes in case of WSD35 and 57 minutes
in case of WSD50, so both cases do not fulfil the
necessary time span of at least 60 minutes for the cladding
criterion.
The fire behavior of a two-ply encapsulation in which a
second panel layer was put underneath the gap between
two adjoining upper panels was also examined (2 x
WSD35 panels). The test realization with this specimen
shows that the carbonization of the CLT surface can be
prevented completely within a time span of 90 minutes.
Measurements beyond 90 minutes were not made.

WCTE 2016 e-book | 589

For test series 3, chipboard countersunk screws were
used. These screws can be seen as absolute weak points
of a cladding on a fire protective point of view, as they
offer a considerable contribution for a faster heat
transmission into the inner part of the building
component. Measurement points were mounted in a
distance of 0mm, 5mm and 10mm. This additional
measurement information were necessary to generate a
temperature distribution model over the time course of
demand processes around the screws.
The results based on the measurements were summarized
to a final approximation model (shown in Figure 13). This
model shows that the sphere of a single countersunk screw
(6 x 100 mm) within the test duration complies a radius of
just 10 Millimeters, which can be explained with the low
thermal conductivity of wood. The boundary zone of this
area shows the same temperature conditions, as they are
known from test series 1 (idealized jointless single-layer
composite).
The temperature conditions were measured in intervals of
10-15 minutes (30 min, 45 min, 60 min, 70 min, 75 min,
80 min and 90 min). After 15 minutes, all three measuring
points have reached the limit temperature value of 100 °C.
Finally, the pyrolysis effective zones all over the surface
adjust to the temperature level at the screw shaft. An
exposure time of 86.5 minutes can be seen as the point of
full carbonization of both composite parts. An exceedance
of the relevant limit temperatures starts after
approximately 50 minutes, whereby an explicit
appearance of charcoal could be observed after 60
minutes. Therefore, the modelling of the temperature
distribution directly at the screws represents an
approximation with a great safeness.

5.1.3 Comparison of the test results
The test results show that timber-WLC composite
constructions considerably contribute to fire resistance
without additionally encapsulation of timber (cf. Table 8)
Table 8: Comparison of the test results of series 1-3 (idealized
jointless single-layer composite, one or two-ply panel joints,
screws)
Duration
Duration
until Δtmax
until Δtaverage
= 270 °C
= 250 °C
[min]
[min]
Idealized jointless single-layer composite
WSD35; w = 8.70 %, CLT;
w = 15.50 %, unbonded,
72.17
71.09
„dry“
WSD50; w = 8.70 %, CLT;
w = 15.50 %, unbonded,
86.67
83.00
„dry“
Panel joints (one or two-ply)
1xWSD35; w = 8.83 %,
CLT; w = 15.50 %, „joint,
53.00
53.50
one layer“
1xWSD50; w = 8.80 %,
CLT; w = 15.40 %
57.17
56.34
„joint, one layer“
2xWSD35; w = 8.80 %,
CLT; w = 15.40 %
> 90
> 90
„joint, two layers“
Screws
1xWSD50; w = 8.50 %,
CLT; w = 14.90 %,
50.42
47.09
„measuring at screw“
1xWSD50; w = 8.50 %,
CLT; w = 14.90 %,
68,25
65.84
„measuring 5mm distance“
1xWSD50; w = 8.50 %,
CLT; w = 14.90 %,
84.33
83.17
„measuring 10mm distance“
Description

6 Conclusions

Figure 13: Chronological sequence of temperature
distributions in the close range of a screw shaft in the gap of a
timber-wood lightweight concrete composite test sample (noise
protection chipboard WSD50 and CLT) under fire exposure in
accordance with the uniform-temperature-time-curve

Within the research project “Wood-based-concrete:
building construction with composite elements of woodconcrete compound and timber”, the Department of
Architectural Sciences Structural Design and Timber
Engineering (ITI) at Vienna University of Technology
(VUT) and the University of Applied Sciences of Western
Switzerland (HES-SO), School of Engineering and
Architecture of Fribourg are working on composite
systems in ecological timber-concrete composite
structures to further develop and improve their practical
application.
The objective of the research project “WooCon” is to
develop innovative wood-based composites serving as
structural building components with distinctly improved
fire performance characteristics. The goal is to contribute
to the development and design of wall elements composed
of lightweight wood-concrete and timber in composite
action in terms of structural behavior. In a first step, it was
investigated in patent and literature study. Subsequently,
some composite elements were tested and evaluated in
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small-scale in preliminary tests. The specimens for the
test were produced by using adhesive between lightweight
wood-concrete and timber. By using the “Expanded
Gamma-Method”, a parameter study was executed and
illustrated the influence of various parameters on the loadbearing capacity. Finally, the influence of different
material compositions and thus different material
properties of lightweight wood-concrete have been
demonstrated on the load-bearing capacity of this
composite system [7].
It has been shown that the load-bearing capacity of this
composite system strongly depends on the material
composition and as a result on the material properties,
such as elastic modulus and strength properties of WLC.
Timber-WLC-composite systems as an ecological,
structural and sustainable building material has a lot of
potential that remains to be discovered.
The undertaken numerical simulations show the benefits
of WLC constructions regarding thermal capacity, as well
as thermal insulation.
The WLC constructions can be classified in - between
massive mineral-based constructions like concrete and
honeycomb brick constructions regarding the effective
thermal capacity.
The durableness of the WLC constructions regarding
moisture protection were also examined using transient
hygrothermal construction simulations and show very
good performing results.
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WOOD LIGHTWEIGHT CONCRETE COMPOSITES STRUCTURAL
ELEMENTS: ECOLOGICAL IMPACT
Alireza Fadai 1, Andrea Borska2, Wolfgang Winter 3
ABSTRACT: Within several research projects and with the aim to optimize energy efficiency and ecological
characteristics of structural building components the Department of Structural Design and Timber Engineering (ITI) at
the Vienna University of Technology (VUT) developed several wood-based composite systems, which combine timber
products with other conventional building materials and components. As a representative example for these
developments, the application of wood lightweight concrete composites illustrates the extent of interrelationships in the
development of complex system solutions when focusing on the increase of resource efficiency. The environmental
assessment shows the ecological advantages of the developed concept compared to conventional concrete elements and
underlines the potential for further developments. Assessment of structural wood-based wood lightweight concrete
composites are illustrated in this paper.
KEYWORDS: Wood-based construction, wood lightweight concrete, sustainable building, ecological impact

1 INTRODUCTION 123
Developed countries currently account for the majority
of the world's existing building-related energy demand
and CO2 emissions. In the European Union (EU), the
construction sector is the largest consumer of raw
materials as well as construction, and demolition
activities account for about 33 % of waste generated
annually [1].
The European countries have to face increased changes
in the demand for buildings with regard to high living
quality, expected lifetime, functionality, flexibility and
low energy consumption.
Therefore, the EU leaders set climate and energy targets
in March 2007 [2]. These targets, known as the
"20-20-20" targets, set three key objectives for 2020:
(1) A 20 % reduction in EU greenhouse gas
emissions from 1990 levels
(2) Raising the share of EU energy
consumption produced from renewable
resources to 20 %
(3) A 20 % improvement in the EU's energy
efficiency
The implementation of policies to cut greenhouse
emissions is acting as one of the key drivers for the
modernization of the EU economy, directing investment
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and innovation to sectors with huge potential for growth
and employment in the future. As set out in the Europe
2020 strategy, it is one of the core themes in any credible
strategy to build sustainable prosperity for the future [3].
To reduce dependency on the non-renewable resources,
it needs new alternatives especially in the construction
sector. The demand can be relieved by recycling and
substitution.
Wood as a sustainable and an ecological material has an
excellent chance to be an alternative construction
material in urban areas. The renewable raw material
wood is available in a sustainable way; the basic
technologies are well known and good examples of
wood-based building already exist. In the past few years,
an increasing number of wood-based buildings have
been constructed in Central and Western Europe e.g.
multi-story condominiums, office buildings, singlefamily houses, schools and hospitals [4].
Within several research projects and with the aim to
optimize
structural
performance,
ecological
characteristics and energy efficiency of structural
building components the Department of Structural
Design and Timber Engineering (ITI) at the Vienna
University of Technology (VUT) developed several
wood-based composite systems, which combine timber
products with other conventional building materials and
components [5, 6, 7, 8, 9]. As a representative example
for these developments, the application of wood
lightweight concrete (WLC) composites illustrates the
extent of interrelationships in the development of
complex system solutions when focusing on the increase
of resource efficiency [10].
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2 STRUC
CTURAL BUILDING
B
G
MATE
ERIAL WL
LC
WLC is a m
mixture of cem
ment, sawdusst or wood chhips,
which can bbe applied fo
or building in
nterior and oouter
construction.. Wood particcles, as they are
a used in W
WLC
are a by-product of the tiimber producttion. The prim
mary
d aggregate is the low weeight
advantage off waste wood
and high theermal insulatio
on value of th
he material. W
WLC
is a well-esttablished buillding materiall for use in nnonstructural coomponents. The
T
newly developed tim
mberWLC compoosite elements show a new direction
d
to fuuture
generations of polyvalen
nt multi-mateerial and higghly
uilding comp
ponents (Figurre 1
competitive ecological bu
and Figure 2))

Figure 1: Tiimber-WLC
composite flooor system

Figure 2: Timber-WLC
composite wall

3 WLC-b
based strucctural elem
ments
The buildingg market has always
a
been th
he most imporrtant
mass markett for timber products. In the 19th cenntury
when all E
European citties grew veery rapidly, the
consumptionn of structural wooden elem
ments for roofss and
for long spann floors weree very high an
nd caused ev en a
shortage in the timberr supply an
nd a dangeerous
overexploitattion of the forrests.
The buildinng techniquess changed completely
c
w
when
cement-basedd building com
mponents as cement
c
blockss and
reinforced cooncrete slabs and walls had
d been develooped
around First World War.
ood lost comp
pletely the m
multiStructural elements in wo
gulations did oonly
story buildinng market, since the fire reg
admit combuustible materiaals as wood fo
or small builddings
up to two stoories.
In the Europpean countriees, multi-story
y buildings ffrom
three to eighht (ten) stories dominate th
he building sttock.
Historically, European citties are “mid-rise” up to 200-25
meters at strreet front. High-rise buildiings and 1- oor 2story family houses togeth
her count for far
f less than 550 %
of the realizzed buildingss. Today 80 to 90 % off the
structures oof new multti-story urbaan buildings are
realized in reeinforced con
ncrete; only 10 to 15 % off the
structures aree in steel.
Timber as strructural materrial could reacch a market sshare
of 5-10 % (L
Latin and easstern countriess) up to 10-225 %
(German speeaking countries) among thee family housees in
Europe but far less than
n 5 % of the new multi-sstory
buildings aree in timber. Instead,
I
the im
mportance off one
and two-storry family housses is decreasing because 770 to
80 % of thee European population
p
is already livinng in

urban areas and there is no sufficient spaace to live in
n
ulti-story builddings for infraastructure, forr
smaall houses. Mu
offiices and for habitation
h
maainly in the raange between
n
threee and eight to ten storiees are the mo
ost importantt
secttor of the futu
ure building m
market.
Thee first geneeration of titimber based
d multi-story
y
builldings is chaaracterized bby an “abund
dant” use off
masssif timber panels i.e. crosss laminated tim
mber (CLT orr
X-L
Lam) and a prrudent overdessign of additional layers to
o
fulffil or overfill the requirem
ments concern
ning acousticc
and
d fire behavior [11], [12]. The structuraal systems forr
the floors and th
he structures ffor the vertical loads weree
p
instead
d
ofteen not optimized: thick maassive floor panels
of less wood consuming rib orr sandwich con
nstruction.
ose to optim
mize usabilitty, structurall
Witth the purpo
perfformance, energy efficienccy and ecological profiless
of wood-based
w
composite
c
sysstems, the co
ombination off
timb
ber productss with otheer conventional building
g
matterials and co
omponents [55, 6, 7, 8, 9]], particularly
y
WL
LC was explo
ored within seeveral researcch projects off
the ITI at the VUT.
V
Withinn the research
h projects on
n
od-based com
mposite system
ms, the focus was
w to use thee
woo
reneewable resourrce wood nott only in its manufactured
d
form
ms but also make
m
use of thhe by-productss of the forestt
indu
ustry.
xtures of cem
ment and woood-particles have already
y
Mix
beeen developed around 19000, but they found theirr
app
plication main
nly in non-sttructural build
ding materiall
such as fire proteection, as acouustic and therm
mal insulating
g
boaards or for losst formwork; many produccts are on thee
marrket using cem
ment-bonded w
wood wool, wood
w
fibers orr
preffabricated powder for applications in surfacee
finiishing.
By using renewaable resourcess, waste and manufactured
d
od products of
o the forest industry, thiis technology
y
woo
provides structu
urally efficiennt componen
nts for low-uctions, suppporting raapid-assembly
y
eneergy constru
mod
dular constru
uction with in
increased effiiciency using
g
preffabricated dry
y elements. T
The combinattion of WLC
C
pan
nels with stru
uctural timbeer panels is a promising
g
straategy to increaase fire resisttance and sou
und protection
n
(maainly impact sound
s
on flooors and wallss), to increasee
the thermal storaage capacity and to mainttain relatively
y
od recyclabiliity with thee possibility to burn thee
goo
com
mposite after use
u to profit of the thermaal capacity off
the wood.

4 Scientific objectives
Duee to the ussed aggregattes and add
ditives, WLC
C
com
mpositions
can
providde
differin
ng
materiall
chaaracteristics. As a structtural model analogy on
n
matterial level, th
he wood fibeers in differen
nt forms, e.g..
saw
wdust, chips etc., in the WL
WLC compoun
nd allow for a
load
d-bearing trusss embedded iin the concrette, being ablee
to transmit co
ompression and a certtain tension,,
ditionally pro
oviding furthher benefits for sound
d
add
absorption, enerrgy savings (thermal inssulation) and
d
buillding fire safeety.
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The developpment of WL
LC systems leads to a new
generation of polyvaleent multi-m
material buildding
ovide structturally efficcient
components that pro
gy constructio
on, support raapidcomponents for low-energ
uction with inccreased efficieency
assembly moodular constru
using prefabbricated dry elements an
nd thereby oopen
opportunitiess to reducee carbon emissions. Thhese
developmentts and applicaation of WLC building systtems
are explainedd in detail.
main achievem
ments within the scope off the
One of the m
research projjects on WLC
C composites is the develooped
innovative sstructural com
mposite build
ding system. The
system deveeloped by thee ITI is a sandwich
s
systtem;
which combiine WLC witth wooden an
nd concrete laayers
and form a highly comp
petitive compo
osite elementt for
building systtems (cf. Figu
ure 1 and Fig
gure 2). The llayer
composition is designed in
i order to respect the speccific
properties aand load-bearring capabiliity of the uused
materials.
oject is to asssess, if WLC may
A part of thee research pro
provide the nneeded structu
ural strength. It is shown, that
there are WL
LC compositio
ons, which prrovide a sufficcient
resistance in compression and in tensio
on to absorb llocal
stress concenntrations.
wing
Within the developmeent process, the follow
objectives arre achieved:
• Devvelopment and
d optimization
n of WLC
• Streength tests and evaluatiion of buildding
phyysics characterristics of the WLC
W
• Dessign of structu
ural componen
nts made of W
WLC
connnected to timb
ber sections
• Case studies regaarding the ecollogical impactt.
ounds
4.1 Suitablle recipes for WLC compo
WLC is a w
well-establisheed building material
m
for usse in
non-structuraal componentss. Developmeents that are m
more
recent deal w
with WLC brricks and com
mplete monoliithic
walls elemennts [13], [14
4]. These dev
velopments sshow
new ways inn the use of WLC
W
and brok
ke the groundd for
new fields oof application
n. The newly developed W
WLC
elements by the ITI shows a new diirection to fuuture
nt multi-mateerial and higghly
generation oof polyvalen
competitive eecological buiilding compon
nents.
m
are developed uusing
Wood-based concrete mixtures
wood industry waste (hardw
wood particles and
forest and w
chips, sawduust, pellets, wood
w
and claay mixtures, etc.)
and recycledd minerals as
a permanentt aggregates and
further additiives. The mixtures are optim
mized with reggard
to structuraal strength, self-weight reduction,
r
w
workability, mannufacturing cost, environmental imppact,
thermal insulation and sto
orage capacity
y, noise insulaation
capacity, andd fire safety.
For a coomprehensive knowledge, the releevant
mechanical pproperties for structural use
u (e.g. dennsity,
compressive and tensile strength) off different W
WLC
compositionss and commeercially availaable prefabriccated
products (nnoise protecction chipboard WSD and

insu
ulation chipbo
oard WS) are determined ex
xperimentally
y
(cf. Table 1)

Tab
ble 1: Characterristics of prefabbricated WLCs [15]

Un
nit
Thiickness

mm
m

WSD 355 WSD 50WS 50 WS 75
35

Den
nsity ρ
kg
g/m³ 750
Flex
xural
tenssile
N//mm2 2.2
streength
Theermal
W/mK
W
0.125
con
nductivity λ
Firee
classsification
according
A2
Norm EN
OEN
135
501-1 [16]
4.2

50

50
5

75

750

560

540

1.8

1.0

0.8

0.125

0.1
100

0.100

A2

A2
A

A2

Strength teests on prefabbricated WLC

t
structurall
Thee research acctivity is adddressed on the
chaaracterization of WLC asseemblies to be used as walll
or floor
f
structurees. The mechhanical properrties of WLC
C
are experimentaally determinned and putt to use in
n
uctural simulaations. Withinn the scope off the research
h
stru
projject “WooCon
n”, specimenss both with in-situ and with
h
preffabricated WLC
W
are teested. The goal
g
of thee
exp
perimental analyses is thee evaluation of
o the globall
beh
havior of a bu
uilding as weell as derivatiion of furtherr
mecchanical pro
operties and optimization of WLC
C
com
mpositions. To
T this purrpose, severaal tests aree
scheduled in ordeer to optimizee the WLC eleements, and to
o
obtaain a complette mechanicall characterizattion (strength,,
stiff
ffness) of those elements, so to be able to use thee
valu
ues obtained for the structu
tural modellin
ng of a wholee
buillding.
Forr analyzing thee shear resistaance behaviorr of the multi-layeer element, thrree main factoors are given:
1) the
t stiffness of
o the joints bbetween the layers, 2) thee
load
d capacity of the shear conn
nnectors and 3) the materiall
prop
perties of the connecting W
WLC layer, wh
hich is mainly
y
streessed on shearr. Consequenttly, in this con
ntext the mostt
imp
portant materiial parameterss of WLC aree the moduluss
of shear
s
and the critical
c
shear sstress (Figure 3).

Figure 3: Shear tests on WLC
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In these testts the combin
nation prefabrricated and gglued
WLC plates in combinatiion with screw
ws as mechannical
binders show
ws the best results
r
and is chosen forr the
construction of the of the
t
WLC co
omposite elem
ment
(Figure 3).
mens with glued
g
joints and
Compared tto the specim
without screews there is
i a significcant increasee of
resistance aggainst shear failure and stiffness of the
connection.
With the inteention to increease the load carrying capaacity
of the multi-layer elementt under full lo
oad (ultimate llimit
LS) wood sccrews, as ad
dditionally sshear
state - UL
connectors bbetween timbeer and concreete, are testedd (cf.
Figure 5 and Figure 6).
g requirements
4.3 Design and building
f
Construction Engineeering
The Austriaan Institute for
(OIB) Guideelines [17] an
nd [18] serve to harmonizee the
construction engineering regulations in Austria. IIt is
n Institute for
f
Construcction
issued by the Austrian
n in the General Assemblyy and
Engineering upon decision
are thus avaailable to thee federal states. Austria is a
federal repuublic comprissing nine fed
deral states. The
federal statess may declaree OIB Guideliines as bindinng in
their buildinng codes, whiich is already
y the case inn the
majority of ffederal states.. However, th
he OIB Guideeline
may be deviaated from in accordance
a
with
w the provissions
of the relevaant regulation
ns of the fedeeral states, if it is
demonstratedd that an equ
uivalent level of protectionn in
compliance w
with the OIB Guideline is achieved. Thhis is
intended too ensure th
he necessary
y flexibility for
innovative arrchitectural an
nd technical so
olutions.
The Austriaan Institute for
f
Construction Engineeering
(OIB) Guideelines are org
ganized according to the bbasic
requirementss for constrruction work
ks of the EU
Constructionn Products Directive. The Austrian
A
buildding
physics reqquirements reegarding thermal and nnoise
protection foor new buildin
ngs are given in Table 2.
Table 2: Therm
mal and acousttic insulation – Austrian
requirements

U-Value exxterior wall
[W/(m²K)]

< 0.35
(OIB Guideeline 6 [17]])
< 0.20
U-Value rooof [W/(m²K)]]
(OIB Guideeline 6 [17])
> 43
Weighted ssound
m value,
( = minimum
reduction eexterior
depending on
o outside noiise
componentts opaque Rw
level) (OIB Guideline 5
[dB]
[18])
Normalizedd level
> 55
difference iinterior
(OIB Guideeline 5 [18])
componentts DnT,w [dB]
Normalizedd impact noisee
< 48
level interioor floors
(OIB Guideeline 5 [18])
L’nT,w [dB]

The WLC-bbased floor constructions are comparedd to
traditional floor configuraations in timb
ber and reinfoorced

con
ncrete (Table 3). The resuults show thatt WLC-based
d
floo
or constructio
ons consideraably contributte to thermall
insu
ulation of bu
uildings and that they also
a
show a
poteential for exploiting them iin thermally activated
a
floorr
slab
bs.
oreover, the reesults in Tabble 3 show th
hat the WLC-Mo
based floor con
nstructions rrequire additional impactt
und insulation boards and ffloating screed (commonly
y
sou
app
plied in timberr structures). T
The thickness of the screed
d
cou
uld be redu
uced in casse of WLC-based floorr
con
nstructions.
Tab
ble 3: Comparisson of building pphysical properties of a
mullti-layer timber//WLC 5 m floorr with conventio
onal floor
conffigurations.

Mu
ulti-layer
tim
mber/WLC
flo
oor
SC
CC 0.05 m,
preefabricated
WL
LC 0.05 m
CL
LT 0.06 m

CL
LT-panel

Reinforrced
concreete

M
Multilaayer
Reinfforced CLTtiimber/
concrete panel
W
WLC
fl
floor
00.16
0.18
0.135*

Th
hickness
[m]
Arrea related
[kg/m²] 1 43
maass
Efffective heat
cap
pacity
[kJ/m²K] 339.26
(un
nderside)
Efffective heat
cap
pacity
[kJ/m²K] 1 55.23
(to
opside)
Heeat
transmission
[W/m²K] 00.87
coeefficient UVaalue
Weeighted sound
d
red
ducing index
[dB]
443.8
Rw
(laboratory
meeasurement)
Weeighted
norrmalized
im
mpact sound
[dB]
888.6
preessure level
Ln,,w,eq
* manufacturer’
m
s data [19]

414

72

216.86

38.48

216.86

38.48

2.96

0.77

58.8

39

72.4

87
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4.4 Fire saffety characteeristics

d floor constrructions
5.1 WLC-based

The fire saffety characterristics of the most promiising
conceptual ddesigns for floor
f
and wall elements w
were
developed, aanalyzed and identified by explorative ttests.
The aim of thhe test was to
o contribute to
o the optimizaation
of timber-W
WLC composiite constructiions in termss of
flammabilityy. The specim
mens were testted and evaluuated
in fire safety tests (Figure 4).
The test results are compared to traditiional
n timber/tim
mberconfigurationns of floor elements in
concrete com
mposite.

As a representaative examplle for these studies, thee
ological impact of WLC-b
-based floor constructionss
eco
illustrates the extent of interrelationsh
hips in thee
velopment of complex
c
systeem solutions when
w
focusing
g
dev
on the increase of resource efficiency. Assessment
A
off
uctural WLC-b
based compossites are explaained below.
stru
Thee system deveeloped by thee ITI (Figure 5) is a three-layeered sandwicch system; where midd
dle layer off
preffabricated WLC is put inn place betweeen a bottom
m
layeer of CLT an
nd a coveringg layer of sellf-compacting
g
con
ncrete (SCC).
ur different vaariants of tim
mber-WLC composite floorr
Fou
elem
ments, each with
w
a span of 8.00 m are
a examined
d
(Fig
gure 5).

bricated WLC specimens
s
afterr 0,
Figure 4: Firee tests on prefab
15, 30 and 45 minutes.

ponents: CLT,, three prefab
bricated WLC
C
Varriant 1 (comp
layeers, SCC)
Varriant 2 (comp
ponents: CLT
T, two prefab
bricated WLC
C
layeers, SCC)
Varriant 3 (comp
ponents: CLT
T, two prefab
bricated WLC
C
layeers, SCC and reduction of th
the amount off the screws)
Varriant 4 (ccomponents: wooden planks,
p
two
o
preffabricated WL
LC layers, SC
CC).
Variiant
Structure

5 ECOLOGICAL IMPACT
I
In order to recognize th
he potential for
f future maarket
monstrate the competivenesss of
implementatiion and to dem
the developeed multi-layer systems, the ecological im
mpact
of the most performin
ng structural elements w
were
analyzed in sseveral case sttudies [10].
i
of the floor elemennts, a
To define the ecological impact
m
as a parrt of the reseearch
life cycle assessment is made
project “WoooCon”. Beccause of thee importancee to
examine thee entire life cycle of th
hese elementts, a
decision waas made, not to use the OI3 Index [20]
(developed bby IBO, Austtrian Institutee for Healthy and
Ecological Building) fo
or the calculations. For the
n”, it is imporrtant to work w
research projject “WooCon
with
different dispposal scenario
os and the OII3 Index incluudes
just the produ
duction phase of the materiaals, the “Cradlle to
gate” phase.
Two differennt presumptions are considered accordinng to
EN 15804 [221] and EN 15
5978 [22]. A standard scennario
expects the commercial way of wastte managemeent wing burning in a
demolition oof the elementts with follow
waste incineerating plant and land fillling of the aashes
(EOL – staandard). A best-case
b
sceenario expectts a
prospective w
way of waste managementt, more expennsive
because of thhe needed eq
quipment (EOL – best casee). It
presumes a pprofit of the reecycling poten
ntial, by providding
the separabillity of each main
m
materialls of the elem
ment
during the deemolition.

1
SCC, three
prefabricated
WLC layerrs,
CLT

2-3
SCC,
two
prefabricated
WLC layers,
CLT (opt..
screws
reduction)

4
SC
CC,
two
prrefabricated
W
WLC layers,
w
wooden
pllanks

5
In-situ
reinforrced
concrete
floor

6
Massive
timber floor

Figure 5: Examineed floor elementts (in mm units)) with a span
of 8 m.

Nex
xt to the su
upports, addittional mechan
nical binderss
(Fig
gure 6 right) can reinforce the floor con
nstruction and
d
incrrease the ultim
mate load.

Figure 6: Floor eleements (in mm units).

Fro
om the ecolog
gical point of view, different variants off
timb
ber-WLC com
mposites floorr elements weere examined..
Thee comparison
n representss that the timber-WLC
C
com
mposites floorr elements aree an adequate alternative to
o
the massive tim
mber floor ass well as to conventionall
ncrete elementts.
con
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6 CASE STUDIES REGARDING THE
ECOLOGICAL IMPACT
I
Regarding ennvironmental aspects, assesssment criteriaa are
the non-reneewable Primarry Energy In
nput (PEI ne),, the
Global Warm
ming Potentiaal (GWP - arre calculated oover
100 year tim
me horizon) and
a the Acidification Potenntial
(AP).
From the ecological poiint of view, the WLC-baased
y two end off life
structural coomponents aree examined by
g
to asssess
(EOL) scenaarios („from cradle to grave“)
environmentaal impacts asssociated with all the stages of a
product's lifee i.e., from raaw material extraction
e
throough
materials prrocessing, manufacture,
m
distribution,
d
use,
repair and maaintenance, an
nd disposal orr recycling.
6.1.1 Primaary Energy Input
Considering the need for non-renewablle primary eneergy
WLCinput (PEI nne), the develloped and tested timber-W
composite flloor element (e.g. variant 1, cf. Figurre 5)
requires abouut a third of the
t energy ressources needeed in
the producction and disposal
d
of a comparrable
conventionall in-situ rein
nforced concrrete element (cf.
Figure 7), sub
ubstitution inclluded.
A comparablle result is fo
ound for the relative
r
GWP 100
(cf. Figure 100).

Figure 8: Comparison of primaryy energy non-reenewable
(PE
EIne) for the pro
oduction of 1 m ³ of material including endof-liife destruction and
a recovery „ Cradle to Gravve” [23]

To compare 1 m3 of mateerials is a first
f
step, to
o
derstand thosee ecological iimpacts, even
n if the exactt
und
com
mparability is related to a ffunctional uniit, which is in
n
the ecological part of the reesearch projecct 1 m2 floorr
pan
nel. In this context,
c
only the structuraally required,,
werre taken into account
a
where
reas all floor structures
s
e.g..
neccessary for structure-borrne sound and impactt
insu
ulation or flo
oor covering were exclud
ded from thiss
inveestigation.
nsidering the need for PPEIne, the deeveloped and
d
Con
testted timber-WL
LC compositee floor elemen
nt (e.g. variantt
1, cf.
c Figure 5) requires lesss of the enerrgy resourcess
neeeded in the production
p
thhan massive timber floorr
elem
ment (cf. Figu
ure 9).

Figure 7: Ecological ind
dex measure of need for nonrenewable ennergy (PEI ne,, MJ) of diffeerent floor eleement
variants, incluuding end-of-liffe (EOL) destru
uction and recovvery,
“Cradle to Grrave”

Concerning the ecologicaal index “meaasure of needd for
EI ne, MJ)” all
a variants off the
non-renewabble energy (PE
timber-WLC
C composite flo
oor element have
h
a value abbout
210 MJ (60 K
KWh) for 1 m²,
m the timberr-WLC compoosite
floor elemennt variant 4 (EOL - best case)
c
has a vvalue
near zero. Thhis means thatt the amount on
o non-renew
wable
energy needeed for producction of this element is neearly
the same ass the benefitt of the end
d-of-life-proceesses
(EOL-processses) - recyclin
ng, burning an
nd land fillingg (cf.
Figure 7).
ncludes the loads and credit
its in
The calculatiion method in
the whole liffe cycle of maaterials. A comparison of 1 m3
concrete, sollid structural timber,
t
cross laminated tim
mber
(CLT) and w
wood lightweeight concrete (WLC) shoows,
that the PEInne input in th
he production phase of WL
LC is
only half aas large as the PEIne input
i
during the
production oof CLT. In comparison
c
to
o concrete, W
WLC
includes beenefits of EOL-processes, based on
substitution oof fossil fuels (cf. Figure 8)).

Figure 9: Comparison of prim
mary energy non-renewablee
(PE
EIne) for the production of 1 m² floor panels (reinforced
d
conccrete, massive timber and WL
WLC Variant 1) including end-of-liife destruction and
a recovery „ Cradle to Gravve” [23]
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6.1.2 Globaal Warming Potential
P
The compaarison of the ecological index “Gllobal
P 100, CO2-eqv.)” shows thatt the
Warming Pootential (GWP
WLC sandwiich floor elem
ments have a value
v
about a tthird
of a comparaable conventio
onal in-situ reeinforced conccrete
element (Figuure 10).

Figure 10: Eccological index Global Warmin
ng Potential
(GWP 100, CO
O2-eqv.) of 1 m2 different floorr element variannts.
EOL included “Cradle to Gra
ave”

The first sttep comparisson of 1 m3 concrete, ssolid
structural tim
mber, cross laminated tim
mber (CLT) and
wood lightw
weight concrrete (WLC) shows, that the
production oof wood-based
d materials gaains a CO2 crredit,
which is in cconsequence stored in the material
m
duringg the
use-period.
he developed and
Approach too the whole life cycle, th
tested timberr-WLC compo
osite floor element (e.g. varriant
1, cf. Figurre 5) effectss about a haalf of the C
CO2equivalent eemissions in the productiion/disposal oof a
comparable conventionall in-situ rein
nforced conccrete
Figure 7, subsstitution included (Figure 1 1).
element (cf. F

Figure 12: Compa
arison of Globall Warming Poteential (CO2)
for the
t production of 1 m² floor paanels reinforced
d concrete,
masssive timber and
d WLC Variant 1 panel including end-of-life
desttruction and reccovery “Cradlee to Grave” [23
3]

6.1..3 Economicc aspects
In order to reco
ognize the pootential for future
f
markett
plementation and
a to demonsstrate the com
mpetiveness off
imp
the developed multi-layer systems, th
he economicc
ural elementss
feassibility of thee most perfoorming structu
werre analyzed in several case sstudies [24].
nsidering the economic asppects noticeable differencess
Con
betw
ween the variiant 1 (three pprefabricated WLC layers))
and
d variant 2 (tw
wo prefabricate
ted WLC layeers) are found,,
cau
used by the reduction of thee amount of the
t glue areass
(two instead of th
hree). Variantt 4 shows that the reduction
n
t wood crosss-section andd the use of simple wooden
n
of the
plan
nks have a larrge influence on the manufacturing costt
(cf. Table 4). The comparisonn represents th
hat the timber-LC compositte floor eleements are an adequatee
WL
alteernative to the
t
massive timber as well as to
o
con
nventional con
ncrete floor eleements.
Tab
ble 4: Manufacturing costs.

Figure 11: Co
Comparison of Global
G
Warmin
ng Potential (G
GWP)
for the produuction of 1 m³ of material co
onsidering the CO2
storage capaccity and substittution of CO2 emitting
e
fossil ffuels
“Cradle to Grrave” [23]

Varriant

Stru
ucture

A functionaal unit compaarison (1 m2 floor panel)) of
reinforced cconcrete, massive timber and
a
timber-W
WLC
composite flloor elementss shows simillar CO2 loadds of
timber-WLC
C composite flloor as well as
a massive tim
mber
floor.
WL
LC layers
Man
nufacturing
costt (€/m²)

1

2

3

4

SCC, two
prefabricated
SCC, two
SCC, three SCC, twoo preWLC layerss,
prefab
bricated
prefabricated
fabricatted
CLT;
WLC layers,
WLC layers, WLC layyers,
reduction of
wooden planks
CLT
CLT
T
the amount of
o
the screws

3

2

2

2

173

150

143

104
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Regarding ennvironmental aspects, assesssment criteriaa are
the non-reneewable Primarry Energy Inp
put (PEI ne),, the
Global Warm
ming Potentiall (GWP 100 - calculated ovver a
100-year tim
me horizon) and
a the Acidiification Potenntial
(AP). The obbjective of thee research projject “WooConn” is
to develop innovative wood-based composites as
onents with distinctly improoved
structural buuilding compo
ecological ccharacteristicss. Concerning
g the ecologgical
index measuure of need fo
or non-renew
wable energy ((PEI
ne) in the prroduction phasse, all variantts of timber-W
WLC
composites ffloor elementss (Figure 5) haave a better vvalue
than the massive timber flo
oor elements. (Figure 13).

Figure 13: Eccological index measure of neeed for nonrenewable eneergy (PEI ne, MJ)
M in the produ
uction phase of
different floor element varian
nts.

In the wholee life cycle co
onsideration (including endd-oflife (EOL) destruction and recovery
y), some of the
analyzed varriants have a better value than the masssive
timber floor (cf. Figure 7).
7 A potentiaal optimizatioon is
the next step of the researcch.

CLUSIONS AND OUT
TLOOK
7 CONC
The
propoosed
technology
com
mbines
conccrete
construction tradition with
h organic ren
newable resouurces
ventional conccrete or masoonry,
as an alternaative to conv
also openingg opportunitiees to reduce carbon emisssions
through the iincreased use of wood for construction.
c
T
This
opens new aapplication fieelds for a sm
marter wood-baased
construction,, with an in
ncreased volu
ume and usee of
locally avaiilable wood from renew
wable resourrces,
allowing for substitution of
o more traditiional construcction
materials bby a more ecological, economic and
sustainable building tecchnology. Th
he environmeental
e
ad
dvantages of the
assessment shows the ecological
developed cooncept compared to conventional conccrete
elements annd underlinees the poten
ntial for furrther
developmentts. Consequen
ntly, further improvementss are
tracked dow
wn with regard to lifee-cycle analyysis,
following thhe whole fabrrication chain
n and end-of--lifeprocesses of all componen
nts and compaaring the resullts to
conventionall ways of consstruction.
mixture of cem
ment, wood ch
hips or saw ddust,
WLC is a m
which can bbe applied fo
or building in
nterior and oouter
construction.. The primarry advantage of waste w
wood
aggregate is the low weig
ght and high thermal
t
insulaation
B using reneewable resourrces,
value of thee material. By
waste and m
manufactured wood produ
ucts of the foorest
industry, thiss technology provides stru
ucturally efficcient
components for low-eneergy constructions, supporrting

rapiid-assembly modular connstruction wiith increased
d
effiiciency using
g prefabricaated dry eleements. Thee
inno
ovative tech
hnology com
mbines existiing concretee
trad
dition with organic reneewable resou
urces as an
n
alteernative to con
nventional conncrete or massonry, thereby
y
opeening opportu
unities to rreduce carbo
on emissionss
thro
ough the reducction of cemen
ent use and inccreased use off
woo
od for constru
uction since tthe carbon dio
oxide stocked
d
in the
t wood is pre-served for several decad
des instead off
burning it.
ntal assessmeent shows th
he ecologicall
Thee environmen
adv
vantages of the developeed concept compared to
o
con
nventional co
oncrete eleme
ments and un
nderlines thee
poteential for furth
her developm
ments. Consequ
uently, furtherr
imp
provements arre tracked dow
wn with regard
d to life-cyclee
anaalysis, followin
ng the whole fabrication ch
hain and end-of-llife-processes of all compoonents and comparing thee
resu
ults to conven
ntional ways oof construction
n.
oject results bbenefit at sev
veral levels off
Thee research pro
the European ind
dustry. Firstly,, it offers utiliization for by-products (waste products)
p
of tthe wood indu
ustry, thereby
y
proving the exploitation
e
oof the utilizattion chain off
imp
foreest products. Secondly, iit provides a marketablee
com
mponent systeem for buildinng constructio
on. Thirdly, itt
con
ntributes to reducing
r
carbbon emission
ns by storing
g
foreest waste in construction
c
eelements for a long period
d
insttead of burnin
ng it for warmtth or energy.
Deffinitely, theree are also ccertain pendiing questionss
relaated to the reesearch: manuufacturing peerformance off
the multi-layer system and m
market accep
ptance of thee
prop
posed buildin
ng technologgy due to th
he economicc
com
mpetitiveness.
Witth the intentiion to reachh a comparab
ble or higherr
marrket share in the multi-storry sector, WL
LC compositee
buillding systems must be econnomically com
mpetitive. Thee
straategies to increease use of theem in multi-sttory buildingss
are::
I.
II.
III.

Full use of pprefabrication with the goall
of reducing eerection time
Combinationn of wood with
w
cheaper,,
non-combusttible mineral materials forr
cost and fire resistance op
ptimization
Realize intellligent and atttractive pilott
projects.

moted through
h
Thee newly develloped system shall be prom
the initiation off pilot appliccations. Initiaation of pilott
projjects could prrovide the poossibility to experience thee
praccticality and applicability
a
oof the develop
ped compositee
systtems and create differennt design and
d application
n
solu
utions. Any modification
m
pproved to be necessary att
arch
hitectural and structural dessign stages may be reached
d
as a result.
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EXPERIMENTAL INVESTIGATION OF TENSILE STRENGTH AND
STIFFNESS INDICATORS REGARDING EUROPEAN BEECH TIMBER
Thomas Ehrhart1, Gerhard Fink2, René Steiger3, Andrea Frangi4
ABSTRACT: In the present paper, several visual and physical strength and stiffness related indicators are investigated
concerning their influence on the tensile strength and stiffness of European beech timber boards. Besides well-known
visual characteristics, such as knots and bark inclusions, further ones are analysed. Destructive tensile tests on 150 timber
boards were performed in order to determine the actual tensile strength and the static modulus of elasticity. By means of
correlation analysis, the efficiency of the indicators is evaluated and the most important ones are identified. The results
of this investigation can contribute to a better understanding of the behaviour of European beech timber under tensile
loading which is considered the basis for strength grading and thus for an optimal utilization of the mechanical potential
of European beech timber.
KEY WORDS: European beech, timber boards, tensile strength, modulus of elasticity, visual & physical indicators

1 INTRODUCTION

Coniferous
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wood (32.1%)

1.9

40%

3.1

50%

43.7

Timber research has become aware of the ongoing
changes in forestry and thus started to extensively investigate different hardwood species with respect to their potential use in timber products. One species which is frequently reported to exhibit excellent mechanical properties (e.g. in [1], [2] and [3]) is European beech (Fagus sylvatica L.). This species is widely available in Switzerland
(Figure 1) as well as in large parts of Central Europe, but
nowadays primarily used for the production of furniture
and for heating.

0%

knowledge about the mechanical properties of the available raw material. The present study is part of a research
project with the objective of providing the technical basis
for the market implementation of high strength glued laminated timber (GLT) made from European beech.
Failure of GLT beams under bending load usually occurs
in the outermost, tensile loaded layers. For high beams,
the tensile stresses in these layers can be assumed almost
equally distributed. In this respect, it is common procedure to estimate the bending strength of GLT beams based
on the tensile-related strength properties, usually the tensile strength of the timber boards and the tensile strength
of the finger joint connections (e.g. [5] - [9]).
Several parameters may influence the tensile strength of
timber boards. Some of them can be detected visually,
others by means of physical measurements. The goal of
the present study is to characterise the most important material related parameters influencing the tensile strength
and stiffness of European beech timber boards.

2 MATERIAL AND METHODS
Figure 1: Share of different timber species of the total wood
stock available in the Swiss forests [4]

An increase in use of European beech timber in the construction industry requires reliable information and

1
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The experimental investigations summarised in this paper
were performed on 150 planed Swiss grown European
beech timber boards. Attempting to cover the Swiss beech
population adequately and to verify the general supply of
timber boards of the demanded quality, they were ordered
from four different sawmills located in the Cantons of
Bern, Jura, Solothurn and Zurich.
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Three batches of timber boards (each batch contains 100150 timber boards) with different visual characteristics
(visual grades described in Table 1) were ordered from
each sawmill. The dynamic modulus of elasticity (dynamic MOE) of all timber boards was determined based
on the measurement of eigenfrequency and density.
Based on the visual characteristics and the dynamic MOE
the timber boards were classified into three strength
grades (denoted A, B and C) following the grading settings summarised in Table 1. From each strength grade,
50 timber boards were randomly selected for further investigations. However, strength grading is explicitly not
in the focus of this publication. Thus, the applied grading
criteria and limits are not described in more detail. Nevertheless, it has to be outlined that the 150 tested timber
boards were already pre-graded according to Table 1 and
thus do not represent the basic population of Swiss grown
European beech wood.
Table 1: Limits for the strength grades A, B and C

Criterion
Knot diameter
Bark inclusion
Redheart
Discolouration
Wavelike pattern
Obv. fibre distr.
Shrinkage cracks
Pith
Insect damage
Wane
Strength grade
A
B
C

Visual grade
1
2
3
≤ 15 mm ≤ 30 mm ≤ 50 mm
≤ 10 mm ≤ 30 mm ≤ 50 mm
ok
ok
ok
≤ 60 mm ≤ 90 mm
ok
ok
ok
ok
ok
ok
Dynamic MOE [MPa]
>14600
>18800
>12800
>14600
>17000
>10400
>11600
>12800

The dimensions of the timber boards were w x t x l = 160
x 25 x 3000 mm3. The moisture content (MC) of five randomly selected specimens per sawmill (in total 20) was
determined by means of the oven dry method according
to DIN EN 13183-1 [10]. As the variability of the MC
within the sample of one sawmill was very small (values
in the range of 7.9±0.2%, 7.8±0.5%, 6.5±0.3% and
7.6±0.2%) and all measured values were within the MC
targeted in this project (8±2%) no further measurements
were performed. According to [11], the equilibrium MC
is about 12% when storing the specimens under climatic
conditions prescribed by DIN EN 408 [12]. Due to the adverse behaviour of beech under change of relative humidity and the associated primary use in service class SC 1,
the MC in this study was chosen significantly lower.
2.1 VISUAL INSPECTIONS
In the following sections, the investigated visual characteristics used as indicators for the tensile strength are introduced. The described characteristics were measured
and recorded to allow for a quantification of their impact
on the tensile strength and stiffness and, subsequently, for
the definition of grading criteria and limits.

2.1.1 Knots and bark inclusions
The dimensions and positions of knots and bark inclusions
with a diameter larger than 5 mm were recorded. Based
on the generated data, different knot indicators were calculated. This paper only refers to two of them: the tKARvalue and the DEB-value (resp. DAB-value). Both of
them are briefly introduced below.
tKAR-value
total Knot Area Ratio according to Isaksson, 1999 [13].
This indicator describes the ratio between the projected
knot area within a 150 mm long timber board section and
the cross-section area of the timber board. In European
beech timber boards, knots or bark inclusions are often
only visible on one face, thus the “real” knot area is relatively uncertain. In such cases it is assumed that the knot
or bark inclusion has a cylindrical shape with a depth of
half of the board’s thickness.
DEB / DAB-value
Knot parameter according to DIN 4074-5 [14]. The DEBvalue describes the ratio between the sums of the visible
widths of a knot in the flat and edge faces divided by two
times the timber board’s width.
The DAB-value considers all knots within a 150 mm long
timber board section (overlapping widths are only
counted once).
Although the classification of characteristics into the
group of knots or bark inclusions is difficult in few cases,
a distinction between them was made to investigate the
influence of both types individually.
2.1.2 Fibre deviation
Literature (e.g. [15] and [2]) consistently reports fibre orientation (local fibre deviation and general slope of grain)
to be of major influence on the tensile strength of European beech timber boards. Methods available today to determine slope of grain are:




Scribing method according to DIN EN 1310
[16],
Alignment of drying checks according to
DIN 4074-5 [14] and
Annual-ring curve from the alignment of the
pores in rift boards.

The mentioned methods were investigated and evaluated
by Frühwald & Schickhofer [2] and reported not to be applicable to beech wood.
Although a non-destructive quantification of the orientation of the fibres is not achievable using techniques available today, local fibre deviations can often be identified
qualitatively in rift or half rift boards; one example is illustrated in Figure 2. This characteristic is referred to as
obvious fibre deviation (o.f.d.). Additionally, a locally increased roughness of the board’s surface often indicates
fibre deviation. This can be due to the planing technique
applied, which only provides proper results when done
parallel to the fibre direction.
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Figure 2: Obvious fibre deviation (o.f.d.)

Figure 4: Wavelike annual ring pattern

In order to investigate the efficiency of local fibre orientation as a grading parameter, areas with a visual detectable local fibre deviation were recorded qualitatively (yes
/ no), photographed and their location in the timber board
was documented.

2.2 DYNAMIC MODULUS OF ELASTICITY

2.1.3 Redheart and discolouration
The presence of redheart (Figure 3) was documented in
order to verify results presented in [2] and stating that
redheart does not significantly influence the tensile
strength of beech wood. In the present study, it was distinguished between: (1) no redheart; (2) redheart visible
on less than 10% of the board’s surface; and (3) on more
than 10% of the board’s surface.

On all timber boards, an eigenfrequency measurement
was performed to determine the dynamic MOE. Two different devices were used for the measurement:




ViSCAN V2.8 by Microtec: A longitudinal oscillation of the board is activated with an impulse
(e.g. by means of a simple hammer). The response is measured with a laser detector and the
eigenfrequency is calculated.
Timber Grader MTG by Brookhuis: A small
hammer, which is built-in in a handheld device,
activates the longitudinal oscillation of the
board. A piezo crystal measures the response and
the eigenfrequency is calculated.

Based on the first eigenfrequency f, the board’s length l
and its bulk density ρu at a MC of u, the dynamic MOE
can be calculated.
𝐸𝑑𝑦𝑛,𝑢 = 4 ∙ 𝑓 2 ∙ 𝑙 2 ∙ 𝜌𝑢

Figure 3: Redheart

Regarding discolouration, four different classes were used
to classify the boards: (1) no discolouration; (2) non porous discolouration of less than 10% of the board’s surface; (3) non porous discolouration of more than 10% of
the board’s surface; and (4) porous or not scratch resistant
discolouration.
2.1.4 Further characteristics
Timber boards containing pith and insect damage were
excluded from the study already when ordering the
boards. The longitudinal and transversal curvature of the
boards was measured and documented as well as end- and
shrinkage cracks.
In several boards, the annual ring pattern on the boards’
surface was identified to be wavelike (Figure 4). This
characteristic was also documented qualitatively (yes /
no).

(1)

A comparison of the dynamic MOE determined by means
of the two different grading devices indicates very good
agreement. Therefore, only dynamic MOE data generated
by one device is used for the investigations presented in
this paper.
2.3 DESTRUCTIVE TENSILE TESTS
2.3.1 Test setup
Destructive tensile tests according to DIN EN 408 [12]
were performed on all 150 timber boards (Figure 5). The
free testing length l1 was 2060 mm. The timber boards
were positioned in a way that the assumed weakest section
was tested, i.e. visual characteristics like knots or obvious
fibre deviations were situated between the clamps whenever possible.
Displacement transducers on both edge faces of the
boards were used to measure the deformations over a
length l2 = 5 x w = 800 mm. After removing the displacement transducers at a load level of 70% of the expected
characteristic values of tensile strength of the different
grades (strength grade A: fest,0.05 = 33 MPa, strength grade
B: fest,0.05 = 42 MPa and strength grade C: fest,0.05 = 50 MPa)
the force was increased continuously until failure.
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Figure 5: Test setup to determine tensile strength and static
modulus of elasticity

2.3.2 Tensile strength and modulus of elasticity
Using Equation 2, the static MOE Et,0 was calculated in a
range restricted to 10% to 40% of the actual ultimate tensile force Fmax. Additionally, a linear regression analysis
was carried out in order to prove that the coefficient of
correlation was R > 0.99 in the considered range. The tensile strength ft,0 was calculated using Equation 3; A is the
cross-sectional area, w0.1 and w0.4 are the deformations
over the measured length l2 for the associated stress levels
of 10% and 40% of Fmax.
𝐸𝑡,0 =

𝑙2 ∙ (0.4 ∙ 𝐹𝑚𝑎𝑥 − 0.1 ∙ 𝐹𝑚𝑎𝑥 )
𝐴 ∙ (𝑤0.4 − 𝑤0.1 )

(2)

𝑓𝑡,0 =

𝐹𝑚𝑎𝑥
𝐴

(3)

2.4 DATA ANALYSIS
All physical properties of the population were assumed
lognormally distributed. To quantify the correlation between indicating parameters and the tensile strength, the
coefficient of determination R2 was calculated.

3 RESULTS AND DISCUSSION
The investigations reported hereafter only consider characteristics located within the testing length l1; i.e. knots or
other growth irregularities located outside the testing
length were not accounted for.
3.1 MECHANICAL POTENTIAL AND COMPARISON TO PREVIOUS STUDIES
Considering all 150 tested timber boards, the enormous
mechanical potential (Table 2) as well as the large scatter
of the tensile strength (Figure 6, all) and stiffness of European beech is obvious. The mean tensile strength of all
specimens was ft,mean = 67 MPa and the coefficient of variation (COV) was found COV = 0.39. Minimum and maximum strengths were 15 MPa and 132 MPa respectively.
To allow for a comparison with results of previous experimental investigations by Frühwald & Schickhofer [2], the
static MOE and the density were moisture corrected according to EN 384 using Equations 4 and 5 respectively.
𝐸𝑡,0,12 = 𝐸𝑡,0,𝑢 ∙ [1 + (𝑢 − 12) ∙ 0,01]

(4)

𝜌12 = 𝜌𝑢 ∙ [1 + (12 − 𝑢) ∙ 0,005]

(5)

As mentioned above the MC of each individual timber
board was not measured. Here, an average MC for each
sawmill was estimated. The mean MOE Et,0,12,mean was
14540 MPa (COV = 0.13) and the minimum and maximum values were 9700 MPa and 19640 MPa respectively.
The mean values and 5%-fractile values of density, static
MOE and tensile strength determined by Frühwald &
Schickhofer [2] are lower compared to the results of the
present study (Table 2). The differences are highest for
density (+11%). Regarding the mean value of tensile
strength (+7.2%) but also the mean value of MOE
(+4.4%), the differences have to be partially due to the
order-specifications (see also Table 1).
Purpose of this comparison is not to evaluate the mechanical potential of European beech grown in different countries. The objective is to illustrate similarities of the investigated population to the one studied in [2] in regards to
the considerations hereafter.
Table 2: Comparison of density, MOE and tensile strength with
results from Frühwald & Schickhofer, 2005 [2]

Value
ρ12,0.05
ρ12,mean
COV
Et,12,0.05
Et,12,mean
COV
ft,12,0.05
ft,12,mean
COV

Unit
kg/m3
kg/m3
MPa
MPa
MPa
MPa
-

Test results
684
739
0.05
11610
14540
0.13
33.6
66.7
0.39

Results from [2]
590
666
0.07
11200
13930
0.14
23.0
62.2
0.40

Especially the large variability of tensile strength (COV =
0.39) demands highly selective and reliable grading criteria to make full use of the potential of European beech
timber.
3.2 KNOTS AND BARK INCLUSIONS
In Figure 6, the influence of different visual characteristics on the tensile strength is illustrated. The whole sample
is compared to boards containing knots of different size,
timber boards free of knots but containing further characteristics (obvious fibre deviation o.f.d., wavelike annual
ring pattern w.p. and discolouration discol.) and timber
boards without any visual characteristics considered in
this study (clear).
The first and third quartiles define the box; the bold horizontal line inside the box represents the median. Horizontal lines outside the box represent the minimum and maximum values except for outliers (dots) more than 1.5 times
the interquartile range above or below the box. As timber
boards with visual characteristics (knots, bark inclusions
and obvious fibre deviation) located in the clamping area
are not considered, the number of specimens depicted in
Figure 6 is 139 instead of 150. For each box, the sample
size (n) and the mean value of tensile strength (mean) are
given.
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tKAR > 0

120

A distinction between knots and bark inclusions (b.i.) is
made and characteristics located in the edge region (outer
25 mm, denoted as er) are plotted separately as well as
timber boards with visual characteristics located in the
clamping area (denoted as clamp.). The latter ones are not
considered in the further investigation.

tKAR = 0

ft,0 [M Pa]

100
80
60
40
20
n 139 65
mean 67 53

18
32

25
54

22
68

74
80

7
71

9
70

15
62

47
88

Figure 6: Tensile strength ft,0 as depending on the tKAR-value,
obvious fibre deviation (o.f.d.), wavelike annual ring pattern
(w.p.) and discolouration (discol.) (left to right)

Compared to most softwoods, by far fewer knots are present in European beech timber. About 65% of all timber
boards investigated did not contain any knots or bark inclusions with tKAR > 0.05 and nearly 50% of all timber
boards did not contain knots with a diameter > 5 mm.
Nevertheless, knots and bark inclusions take major influence on the tensile strength. Considering only boards with
small knots or bark inclusions (0.00 < tKAR < 0.05), the
mean value of tensile strength (ft,mean = 68 MPa) is similar
to timber boards without any knots but with obvious fibre
deviations (ft,mean = 71 MPa), wavelike annual ring pattern
(ft,mean = 70 MPa) or discolouration (ft,mean = 62 MPa); see
also Section 3.3.

140

In Figure 7, the influence of knots and bark inclusions on
the tensile strength is shown based on the tKAR-value.
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Looking at Figure 7, the scatter of tensile strength appears
to decrease for increasing tKAR-values. Especially for
tKAR-values ≤ 0.05, a wide spectrum in tensile strength
is observed. This indicates that for those timber boards
other characteristics like obvious fibre deviation, wavelike annual ring pattern or discolouration begin to determine the tensile strength.
3.2.1 Knots vs. bark inclusions
No significant difference between the influence of knots
and bark inclusions on the tensile strength is ascertainable, i.e. similar tensile strengths are achieved for both
kinds of characteristics for similar tKAR-values (Figure
7).
The lower correlation of the tKAR-value with the tensile
strength for bark inclusions, in particular when located in
the edge region (R2 = 0.16, Table 3), might be a result of
the limited sample size.
Table 3: Coefficient of determination R2 between tKAR and tensile strength for different characteristics

Type
All values
Knot
Knot
Bark inclusion
Bark inclusion

Edge region
yes & no
no
yes
no
yes

n
65
15
24
16
10

R2
0.53
0.71
0.61
0.49
0.16

However, the evaluation of bark inclusions is subjected to
considerably higher uncertainty, as it is often only visible
on one face of a timber board.

40

ft,0 [M Pa]

100

120

knot
knot (er)
b. i.
b. i. (er)
clamp.

The correlation between the tensile strength and both knot
indicators (tKAR and DEB) used in this study is high and
on a similar level. Considering all 65 timber boards regardless of the type and position of the characteristic, a
correlation of R2 = 0.53 (tKAR) and R2 = 0.52
(DEB/DAB) was found. Due to the limited number of timber boards containing groups of knots (n = 10), the indicator DAB could hardly be applied. Furthermore, values
for DEB and tKAR are in good agreement. This finding is
consistent with results published by Blass et al., 2005 [3].

0.30

tKAR [-]

Figure 7: Tensile strength ft,0 vs. maximum tKAR-value for timber boards with knots or bark inclusions (b.i.) (tKAR > 0)

In Figure 8, different affected cross sections (left) are
compared to the assumptions based on the visible appearance on the boards’ surfaces (right). The assumption of a
truncated cone-shape regularly turns out to be neither adequate nor on a conservative level when analysing the
fracture pattern.
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A1
A2

B1
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Figure 8: Bark inclusion and the problem of appropriate estimation of the affected cross section area

3.2.2 Failure mechanisms of timber boards with
knots
The mechanisms of failure caused by knots and bark inclusions are diverse and not always easy to describe. In
many cases, initial cracks occur in areas around knots
where the fibres are strongly deviated. Crack propagation
subsequently leads to a global shear failure, a net tensile
failure in the “split board” or a combined failure (Figure
9).

strength of timber boards if no large knots or bark inclusions are present. Especially when looking for boards of
high strength classes this indicator has to be taken into account, as the range of achievable tensile strength (ft,mean =
71 MPa) is significantly lower compared to timber boards
without this characteristic (ft,mean = 88 MPa).
A typical fracture pattern of a timber board that failed due
to obvious fibre deviation is shown in Figure 10. Although
the pattern on the flat face indicates the presences of fibre
deviations, the actual deviation is only visible after failure
in the edge face.
(a)

(b)

(c)

Figure 9: Propagation of failure around a knot

3.2.3 Influence of the position of knots and bark inclusions
Looking at Figure 7, the position of knots or bark inclusions appears to only marginally influence the tensile
strength. This conclusion partially contradicts findings in
previous studies (e.g. by [17] and [18]) stating that the
strength reduction caused by knots depends on their position in the specimen. Following considerations by Foley,
2003 [19] the disparities can possibly be explained by two
effects largely compensating each other: Knots with an
eccentric position cause bending moments and adverse
stress redistributions. However, the cross-sectional area in
which the fibre orientation is deviated is smaller for knots
positioned close to the edge, as up to half of the affected
area is located outside the board.
3.3 FURTHER VISUAL CHARACTERISTICS
The large scatter of tensile strength for timber boards
without knots or bark inclusions (Figure 6, tKAR = 0,
COV = 0.27) illustrates the need for further indicators in
order to get better estimates of ft,0.
3.3.1 OBVIOUS FIBRE DEVIATION
In Figure 6, the range of tensile strength of timber boards
containing obvious fibre deviations (o.f.d.) is illustrated.
Such fibre deviations can potentially affect the tensile

Figure 10: Obvious fibre deviation: (a) before failure, (b) flat
face after failure and (c) edge face after failure

3.3.2 Wavelike annual ring pattern
Timber boards with wavelike annual ring pattern (Figure
6; w.p.) show a significantly lower tensile strength than
those without any visual indicators investigated in this
study (clear). Similar to obvious fibre deviation, this indicator is difficult to quantify and therefore exposed to individual assessments.
3.3.3 Discolouration
The range of tensile strength of discoloured timber boards
is shown in Figure 6 (discol.), whereby marginal discolouration (less than 10% of the board’s surface, non-porous) as well as redheart are not considered here.
The range of achievable tensile strength is relatively wide
(32-98 MPa) but on a significantly lower level than for
timber boards without any of the characteristics investigated in this study (clear).
3.3.4 Redheart
In this study 39 of 150 timber boards contained redheart.
A general influence on the tensile strength was not found,
neither for the whole sample nor when considering only
timber boards free of knots and bark inclusions. This finding corresponds with literature [2] and implies that
redheart does not have to be considered in the strength
grading process of European beech wood.
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Between the static and dynamic MOE, a high correlation
is found, R2 = 0.84 (Figure 13).
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3.4.1 Density
In Figure 11, density is plotted vs. tensile strength. Consistent with results described in [2], the results of the present study do not indicate density to significantly influence the tensile strength of European beech timber boards.
The coefficient of determination between density and tensile strength was found to be R2 = 0.04 for all timber
boards.

R2 = 0.84
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Figure 13: Static modulus of elasticity Et,0,8 vs. dynamic modulus of elasticity Edyn,8 (MC = 8%)

The MOE is of high importance to describe the behaviour
of GLT products in terms of serviceability. Therefore,
methods and devices allowing for a good estimation of the
static MOE are important as they enable to consider stiffness in the grading process.
The different reference length in estimating dynamic
(3000 mm) and static MOE (800 mm) is responsible for
individual outliers below the regression line as local characteristics within the testing length affect the static MOE
much more than the dynamic MOE.
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4 SUMMARY & CONCLUSIONS
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Figure 11: Tensile strength ft,0 vs. density ρ8 (MC = 8%)
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The present paper deals with the experimental investigation of the tensile strength and stiffness of European beech
timber boards and the quantification of non-destructively
measurable indicators for stiffness and strength. The main
outcomes of this study are:
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3.4.2 Dynamic modulus of elasticity
In Figure 12, tensile strength vs. dynamic MOE is plotted.

R2 = 0.22

0

ft,0 [M Pa]

16000

Besides the visual strength indicators described above, the
influence of density and dynamic MOE on the tensile
strength was investigated.

slope of grain, local weak sections like knots or bark inclusions but also clear wood sections) affects this estimate. Since both fibre deviation and knots are significantly influencing the tensile strength of a timber board,
it is obvious that by determining the dynamic MOE only
it is not possible to provide a good estimation of the tensile strength (R2 = 0.22).

14000

3.4 MACHINE STRENGTH GRADING – POSSIBILITIES AND LIMITS

12000

14000

16000

18000

20000

22000

Edy n,8 [M Pa]

Figure 12: Tensile strength ft,0 vs. dynamic modulus of elasticity
Edyn,8 (MC = 8%)

When estimating the dynamic MOE from the eigenfrequency measurement, the entire timber board (including



Besides the enormous mechanical potential of European beech timber (mean value of tensile strength
ft,mean = 67 MPa and maximum strengths up to ft,max =
132 MPa), large scatter was found (COV = 0.39).
Hence, reliable strength grading techniques are of utmost importance when intending to make use of the
mentioned potential.
Relatively few knots were present in the tested European beech timber. Only 50% of all timber boards
contained knots or bark inclusions with a diameter
larger than 5 mm.
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The influence of knots and bark inclusions on the tensile strength has been found to be very similar. Due
to their visual appearance, the evaluation of bark inclusions is subjected to considerably higher uncertainty.
A high correlation between the tensile strength and
the knot indicators used in this study has been found
(coefficient of determination R2 = 0.53 and R2 = 0.52
for tKAR and DEB, respectively).
Due to the limited number of knot accumulations,
wide agreement between the single knot parameter
DEB and the knot group parameter DAB was found.
No influence of the location of knots and bark inclusions within the timber boards could be identified.
The scatter of tensile strength of timber boards without knots or bark inclusions is remarkably large
(COV = 0.27). Therefore, additional indicators have
to be considered in the strength grading process of
European beech timber boards.
Further visual indicators have been investigated in
this study. The tensile strength of timber boards
(without knots and bark inclusions) containing obvious fibre deviation (ft,mean = 71 MPa), discolouration
(ft,mean = 62 MPa) or wavelike annual ring pattern
(ft,mean = 70 MPa) is significantly lower compared to
timber boards without any of the visual characteristics investigated in this study (ft,mean = 88 MPa).
Density has no significant influence on the tensile
strength of European beech timber boards (R2 = 0.04).
The correlation between the dynamic MOE and the
tensile strength is better (R2 = 0.22) and its measurement can positively complement the visual grading
process.
The dynamic MOE can be used to estimate the static
MOE – another important characteristic to describe
the behaviour of timber products in serviceability
state – quite precisely. Compared to density
(R2 = 0.04).

5 OUTLOOK
Based on the present results, methods, criteria and limits
for the strength grading process of European beech timber
boards will be developed. Strength grades for European
beech timber on a markedly higher level than described in
current standards appear possible and are aimed for. This
is considered the most important step on the way to a reliable production of high strength glued laminated timber
made from European beech timber.
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BIRCH GLT CLT
M hani al ro rti s o Glu d Laminat d Tim r and
Cross Laminat d Tim r rodu d ith th ood s i s ir h
G or J itl r1, Man r d Au ustin2, G rhard S hi

ho r3

ABSTRACT: HASSLACHER NORICA TIMBER is a wood processing company with about 1,000 employees and
plants in Austria, Slovenia and Russia. In the forest around their Russian sawmill “HasslacherLes” the wood species birch
etula pen ula is growing in large quantities and cut-able qualities. The company has also very modern equipment for
the production of glued laminated and cross laminated timber. Consequently the idea was born to develop a project to
produce load-carrying members to check the possibility of production of glued laminated timber and cross laminated
timber without large modification of the existing production process. The goal of the project was to set up a complete
profile of the mechanical properties needed for the design according to EN 1995-1-1. In addition by the means of a pilot
project (detached house) erected with birch Cross Laminated Timber the effectiveness of this product for structural
purposes with slender wooden components could be shown. The second pilot project was an industrial hall made of Glued
Laminated Timber with birch.
KEYWORDS: birch, hardwood, Cross Laminated Timber, CLT, X-lam, Glued Laminated Timber, gluelam, GLT

1 INTRODUCTION 123
The wood species birch etula pen ula is commonly
used for the production of veneers. For this utilisation,
only high quality and in particular straight logs can be
used. In the forests near St. Petersburg in Russia, birch is
very common and grows in large quantities (about 30% of
the area; beside spruce, pine and poplar). Most of the
material is not used and rots in the forests. The idea of the
present project was to check the possibility of application
for this wood species utilising in the field of the main
engineered wood products like Cross Laminated Timber
(CLT) and Glued Laminated Timber (GLT) for loadcarrying purposes. The biggest part of the project was
concentrated on the investigation of the mechanical
properties of the wooden product to get a complete profile
of the mechanical properties for the mentioned products.
The corresponding tests were done in close cooperation
with the holz.bau forschungs gmbh, a competence centre
at Graz University of Technology as well as with the
Institute of Timber Engineering and Wood Technology.
After a first implementation in a multi-storey building
“massive living” in Graz/Austria, the first detached house
with CLT built up with the wood species birch was built
as a pilot project in St. Magdalena am Lemberg/Austria.
A second pilot project in form of an industrial hall was
implemented in Carinthia/Austria with glulam made of
birch.

1
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Austria, georg.jeitler@hasslacher.at
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Manfred Augustin, holz.bau forschungs gmbh, Graz / Austria
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2 STATE OF THE ART
In Europe the most common wood species for the
production of GLT and CLT is spruce; in smaller
quantities pine or fir is also utilised. About 3.0 mio. m³ of
GLT and more than 500,000 m³ CLT made of softwood is
produced per year. Nevertheless, hardwood species are
also of interest but are not common for structural purposes
at least in central Europe. First investigations in this field
of application utilising hardwoods (beech) for
reinforcements were done by Egner and Kolb [1] and
Gehri [2]. Frühwald et. al. [3] worked out a research
project regarding the application of the hardwood beech
for GLT showing a high potential of mechanical
properties. In 2005 a similar study was done at the
Karlsruhe Institute of Technology by H. J. Blaß et. al. [4]
to investigate the bending strength and MOE for GLT
produced with beech. This investigation led to a German
national approval
“ llgemeine
auau sichtliche
Zulassung” Z-9.1-676 [5]. This approval regulates GLT
made of beech  also in combination with spruce  up to
characteristic bending strengths of m,k = 48 N/mm² and a
MOE of 0,mean = 15,100 N/mm². The last investigation in
this field is represented by the development of the product
“BauBuche” (company Pollmeier/Germany). This
product is built-up with thin beech veneers and shows a
characteristic bending strength of m,k = 70 N/mm² and a
MOE of 0,mean = 16,700 N/mm² [6]. The reason for the
high properties of this product can be found in the
homogenisation effect by using thin veneers and in the
production process.

3 T st Mat rial, m thods and r sults
3.1 Ra mat rial and str n th radin
The raw material for the tests described in the following
was cut and kiln-dried to a moisture content of u = 12 %
at the Russian saw mill of the Hasslacher Norica Timber
group HasslacherLes in Malaya Vishera/Russia. After the
transport of the boards to the production plant in Austria
the material was stress graded by means of a device using
the dynamic modulus of elasticity (GoldenEye 706 from
MiCROTEC®). In addition a visual grading acc. to DIN
4074-5 [7] strength class LS10+, i. e. boards with
properties fulfilling the requirements of grading class
LS13 remained in the tested material, was conducted.
Table 1 shows selected results of the stress grading,
density and dynamic modulus of elasticity.
Table 1: Results of dynamic MOE of boards of wood species
birch
Number of boards

--

M an d nsity
Minimum density
Maximum density
Coefficient of Variation

mean
min
ma

Dynami modulus o lasti ity
Minimum dynamic MOE
Maximum dynamic MOE
Coefficient of Variation

C

Edyn,m an
dyn,min
dyn,max

C

4412 pieces
4
m
441 kg/m³
753 kg/m³
7%
1 ,
N mm
11,045 N/mm²
23,064 N/mm²
12 %

The material birch shows a mean value of dynamic
Modulus of elasticity measured of almost 16,000 N/mm².
Each board, which has shown a value of less than 11,000
N/mm², was excluded.
3.2 T nsil t sts on oards
For the achievement of detailed information about the raw
material, tensile tests were carried out. Two series of
boards foreseen for glulam or CLT production were tested
with a tensile test configuration acc. to EN 408 [15].

Figure 2: est con iguration or tensile tests accor ing to

The results of series 1 (43 samples) with a cross section
of 126 x 42 mm are shown in Table 2.
Table 2: Tensile tests on boards
T nsil t sts on oards
SERIES 42 12 mm

43 s

im n

M an d nsity
Characteristic density
Coefficient of variation

C

Modulus o lasti ity
Coefficient of Variation

Et,l,mean
C

14,4 3 N mm
12 %

M an t nsil str n th
Char. tensile strength (with kh)
Coefficient of variation

ft,0,l,mean

3 . N mm
24.4 N/mm²
21.4 %

mean
k

t, ,l,k

C

m
547 kg/m³
5%

The results of series 2 (62 samples) with a cross section
of 120 x 37 mm are shown in Table 3:
Table 3: Tensile tests on boards
T nsil t sts on oards
SERIES 3 12 mm

2s

M an d nsity
Characteristic density
Coefficient of variation

C

Modulus o lasti ity
Coefficient of Variation

Et,0,l,mean
C

M an t nsil str n th
Char. tensile strength (with kh)
Coefficient of variation

ft,0,l,mean

mean
k

t, ,l,k

C

im n

m
546 kg/m³
6%
14,21 N mm
12 %
43. N mm
26.7 N/mm²
23.3 %

The mechanical properties in tension and the density of
both series may be referred to as identical. Based on this
results, the following mechanical properties profile of
boards of birch were determined (Table 4).
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Table 4: Mechanical properties of boards of birch
M hani al ro rti s o oards o
Str n th lass DT24E14.3 d 4
Characteristic tensile strength
Modulus of elasticity
Characteristic density

3.3 Str n th o th

ir h

t, ,l,k
t, ,l,mean

k

in r joints o th

24 N/mm²
14,300 N/mm²
546 kg/m³

oards

Two series comprising all together 98 specimens with a
cross section of 126 x 42 mm were conducted for the
determination of the mechanical properties of the finger
joints. The applied finger joint profile was 15/3.8 mm and
glued with an MUF adhesive. A special sharpening of the
milling cutter was important to reach a flawless
connection between the boards.
The bending tests acc. to EN 408 [15] and the tensile tests
acc. to EN 14080:2013 [12] showed a high strength level
of the finger joints with a low coefficient of variation. This
is an indicator that the production meets all the
requirements of the finger joint.

Figure 4: est con iguration or tensile tests o the inger joints
accor ing to
ith a ree span length o
mm

The results of the tensile tests (54 samples) with a cross
section of 127 x 42 mm are listed in the following table:
Table 6: Tensile tests on finger joints
T nsil t sts on in r joints
SERIES 42 12 mm
Mean tensile strength
Characteristic tensile strength
Coefficient of variation

4 sam l s
t,j,mean
t,j,k

C

55.7 N/mm²
43.9 N/mm²
12.4 %

3.4 T sts and t st r sults on Cross Laminat d
Tim r mad o ir h

Figure 3: est con iguration or en ing tests o the inger
joints accor ing to
ith a ree span length o
mm

The results of the bending tests on finger joints (44
samples) with a cross section of 126 x 43 mm are shown
in Table 5:
Table 5: Bending tests on finger joints
B ndin t sts on in r joints
SERIES 43 12 mm
Mean bending strength
Characteristic bending strength
Coefficient of variation

44 sam l s
m,j,mean
m,j,k

C

72.8 N/mm²
60.4 N/mm²
10 %

Based on the presented tests utilising the wood species
birch, CLT was produced in the NORITEC Holzindustrie
GmbH in Stall / Mölltal (Carinthia/Austria). For the
gluing a two component MUF adhesive in combination
with a high-frequency-press was used. The applied
pressure was 1.0 N/mm². A special regime of pressure,
temperature, pressing-time and time for postcure had to
be developed to reach a sufficient bonding between the
boards.
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3.4.1 B ndin t sts on Cross Laminat d Tim r to
d t rmin
ndin str n th and th modulus
o lasti ity

3.4.2 B ndin t sts on Cross Laminat d Tim r to
d t rmin th sh ar str n th out o lan
“rolling shear”

Cross Laminated Timber in two thicknesses was tested in
bending according to prEN 16351:2013 [16]. The series
with 3-layered boards and with 56 mm thickness remains
unobserved with in this report, because sideboards were
used for this special test specimen, and this doesn’t match
with the results of the tested boards.

Two thicknesses of Cross Laminated Timber were tested
in bending according to prEN 16351:2013 [16] to
determine the rolling shear strength. The series with 3layered boards and 56 mm thickness remains unobserved
with in this report, because sideboards were used for this
special test specimen and this doesn’t match with the
results of the tested boards. They had a level of r,C ,k of
about 2,5 to 3,0 N/mm². Thus, it can be assumed that the
investigated side boards have a high potential in rolling
shear.

Figure 5: est con iguration or en ing tests o cross
laminate tim er thickness
mm accor ing to pr
ith a ree span length o ,
mm

The following results base on 20 test specimen of 5layered Cross Laminated Timber with a thickness of
200.7 mm (40-40-40-40-40) and a width of 600.7 mm.
Table 7: Bending tests on Cross Laminated Timber
B ndin t sts on ross laminat d tim r
Thickness 200.7 mm | 5-layers 40-40-40-40-40 |
width 600.7 mm

2 sam l s

Mean bending strength
Char. bending strength (with kh)
Coefficient of variation

C

46.7 N/mm²
38.1 N/mm²
11.6 %

Modulus of elasticity MOE
Coefficient of variation

C

Mean density
Characteristic density
Coefficient of variation

m,C

,mean

m,C

,k

0,CLT,mean

C
C

C

,mean
,k

15,524 N/mm²
4.3 %
631 kg/m³
614 kg/m³
1.4 %

The factor kh,CLT = (150/h)0.1 was applied to convert the
characteristic bending strength to a reference thickness of
150 mm. Details regarding the factor kh,CLT can be found
in [14].

Figure 6: est con iguration or en ing tests o cross
laminated timber “rolling shear” (thickness
mm
accor ing to pr
ith a ree span length o
mm

The following results based on 20 test specimen, 5layerded Cross Laminated Timber with a thickness of
201.1 mm (40-40-40-40-40) and a width of 600.5 mm.
Table 8: Bending tests on Cross Laminated Timber
B ndin t sts on ross laminat d tim r
Thickness 201.1 mm | 5-layers 40-40-40-40-40 |
width 600.5 mm

2 sam l s

Mean rolling shear strength
Char. rolling shear strength
Coefficient of variation

C

2.2 N/mm²
1.8 N/mm²
9.1 %

Modulus of elasticity MOE
Coefficient of variation

C

Mean density
Characteristic density
Coefficient of variation

r,C

,mean

r,C

,k

0,CLT,mean

C
C

C

,mean
,k

15,349 N/mm²
4.5 %
637 kg/m³
623 kg/m³
1.1 %

For comparison, the rolling shear for CLT made of spruce
reaches from 0.7 to 1.20 N/mm².
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3.4.3 B ndin t sts on ross laminat d tim r to
d t rmin sh ar str n th in lan
The following results base on 24 test specimen of 3layered cross laminated timber with a width of 97 mm
(39-19-39) and a height of 220 mm and were carried out
acc. to EN 14080:2013 [12].

Figure 8: est con iguration or the etermination o
compressi e strength perpen icular to the grain o Cross
aminate im er thickness
mm accor ing to

The results are shown in Table 10.
Table 10: Compressive strength perpendicular to the grain of
Cross Laminated Timber

Figure 7: est con iguration or en ing tests o cross
laminated timber “shear in plane” (thickness 97 mm)
accor ing to pr
Table 9: Bending tests on Cross Laminated Timber
B ndin t sts on Cross Laminat d Tim r
Width 96.8 mm | 3-layers 19-39-19
height 219.8 mm
Mean shear strength in plane
Char. shear strength in plane
Coefficient of variation

,C

, ,mean

,C

, ,k

C

The characteristic shear strength in plane
the net cross section.

24 s

im n

16.2 N/mm²
15 N/mm²
4%
,C

, ,k

refers to

T st or th om r ssi str n th
r ndi ular to th rain
5-layerd board 40-40-40-40-40
Width 160.1 mm | length 159.3 | height 201.1 mm

2 sam l s

Mean compressive strength
Char. compressive strength
Coefficient of variation

C

5.8 N/mm²
5.0
7%

MOE perpendicular to the grain
Coefficient of variation

C

c,

,C

,mean

c,

,C

,k

c, ,C

,mean

665 N/mm²
11.5 %

3.4.

Summary o th m hani al ro rti s o CLT
mad o ir h – t st r sults and ormal
r lationshi
The following table gives an overview of all the
mechanical properties of Cross Laminated Timber made
of birch. Most of them are based on the previously shown
results. Furthermore were determined on the basis of
formal relationships.
Table 11: Mechanical properties of Cross Laminated Timber

3.4.4 T sts and t st r sults or om r ssi str n th
r ndi ular to th rain o Cross Laminat d
Tim r

M hani al ro rti s o BIRCH CLT
t st r sults and ormal r lationshi s
Bending strength
Tensile strength

20 test specimen were tested according to ÖNORM EN
408:2010 [12] to determine the compressive strength
perpendicular to the grain. The dimensions were length =
159.3 mm, width = 160.1 mm and a height = 201.1 mm.

Compressive strength
Shear strength in plane
Shear strength out of plane
Rolling shear strength
Modulus of elasticity

m,CLT,k
t,0,CLT,net,k
t,90,CLT,net,k
c,0,CLT,net,k
c,90,CLT,k
v,CLT,IP,k
*
T,node,k
v,CLT,OP,k
r,CLT,k
0,CLT,mean
0,CLT,05
90,CLT,mean
c,90,CLT,05
c,90,CLT,mean

Shear modulus of elasticity
rolling shear modulus
Density
*

90,CLT,05
CLT,mean
CLT,05
r,CLT,mean
r,CLT,05

C
C

,k
,mean

Note: no test result, conservative fixed value

38 N/mm²
28.5 N/mm²
0,6 N/mm²
38 N/mm²
5.0 N/mm²
15 N/mm²
2.5 N/mm²
4.5 N/mm²
1.8 N/mm²
15,000 N/mm²
12,500 N/mm²
650 N/mm²
540 N/mm²
650 N/mm²
540 N/mm²
850 N/mm²
710 N/mm²
175 N/mm²
145 N/mm²
600 kg/m³
620 kg/m³
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3.

T sts and t st r sults on Glu d Laminat d
Tim r mad o ir h

3. .2 B ndin t sts on Glu d Laminat d Tim r to
d t rmin th sh ar str n th and MOE

Glulam was produced in the NORITEC Holzindustrie
GmbH
(production
facility)
in
Sachsenburg/Carinthia/Austria. For the gluing a two
component MUF adhesive in combination with a highfrequency-press was used. The applied pressure was
0.8 N/mm². A special regime of pressure, temperature,
pressing-time and time for postcure had to be developed
to reach a sufficient bonding between the boards.

15 test specimen were tested according to the
requirements of ÖNORM EN 408:2010 [15].

3. .1 B ndin t sts on Glu d Laminat d Tim r to
d t rmin
ndin str n th and modulus o
lasti ity
28 test specimen were tested according to the
requirements of ÖNORM EN 408:2010 [15]. The average
moisture content of the test specimen at time of testing
was 11.6 %. Also the dynamic modulus of elasticity was
measured by the means of ultrasonic and was determined
to about 17,900 N/mm².
Figure 10: est con iguration or en ing o
im er accor ing to

lue

aminate

The average moisture content of the test specimen at the
time of testing was u = 10.9 %. Related test results are
shown in Table 13.
Table 13: Bending tests on Glued Laminated Timber

Figure 9: est con iguration or en ing o lue aminate
im er to etermine the en ing strength accor ing to

The test results of bending tests are shown in Table 14.
Table 12: Bending tests on Glue Laminated Timber
B ndin t sts on Glu d Laminat d Tim r
width: 120 mm | hight: 390 mm
Mean bending strength
Char. bending strength
Char. bending strength (with kh)
Coefficient of variation

C

Modulus of elasticity MOE
Coefficient of variation

C

Mean density
Characteristic density
Coefficient of variation

m,g,mean
m,g,k
m,g,k

0,g,mean

g,mean
g,k

C

2 s

im n

48.6 N/mm²
36.9 N/mm²
35.4 N/mm²
14.2 %
14,831 N/mm²
4.1 %
614 kg/m³
599 kg/m³
1.3 %

The factor kh = max [0.9 ; (h/600)0.1] = (389/600)0.1= 0,958
was used to convert the characteristic bending strength to
a reference height of 600 mm according to ÖNORM EN
14080:2013 [12].

B ndin t sts on Glu d Laminat d Tim r
width: 120 mm | height: 390 mm
Mean shear strength
Char. shear strength
Coefficient of variation

C

Modulus of elasticity MOE
Coefficient of variation

C

Mean density
Characteristic density
Coefficient of variation

,g,mean
,g,k

0,g,mean

g,mean
g,k

C

1 s

im n

6.89 N/mm²
4.94 N/mm²
15.7 %
15,721 N/mm²
5.9 %
613 kg/m³
590 kg/m³
1.9 %

In only 3 of 15 specimen a shear failure was observed.
The rest showed a bending failure. Thus, the determined
shear strength can be interpreted as a minimum
characteristic shear strength level of the test sample.
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3. .3 T sts and r sults or om r ssi str n th
r ndi ular to th rain o Glu d Laminat d
Tim r
20 test specimen were tested according to ÖNORM EN
408:2010 [15] to determine the compressive strength
perpendicular to the grain.

Table 15:Mechanical properties of Glue Laminated Timber
M hani al ro rti s o BIRCH GLT
t st r sults and ormal r lationshi s
Bending strength
Tensile strength
Compressive strength
Shear strength
Rolling shear strength
Modulus of elasticity

m,g,k
t,0,g,k
t,90,g,k
c,0,g,k
c,90,g,k
v,g,k
r,g,k
0,g,mean
0,g,05
90,g,mean

Shear modulus of elasticity
Rolling shear modulus
Density

Figure 11: est con iguration or compressi e strength
perpen icular to the grain o lue aminate im er
accor ing to

The mean moisture content of the test specimen at the
time of testing was u = 11.2 %.
The test results for compressive strength perpendicular to
the grain of glue laminated timber made with birch are
shown in the following table.
Table 14: Results for the compressive strength of Glue
Laminated Timber
T st or th om r ssi str n th
r ndi ular to th rain o GLT
Width 120 mm | length 210 mm | height 200 mm

2 sam l s

Mean compressive strength
Char. compressive strength
Coefficient of variation

C

5.78 N/mm²
4.97 N/mm²
7.5 %

MOE perpendicular to the grain
Coefficient of variation

C

c,

,g,mean

c,

,g,k

c, ,g,mean

665 N/mm²
11.5 %

3. .4 Summary o th m hani al ro rti s o lu
laminat d tim r mad o ir h – t st r sults
and ormal r lationshi s

90,g,05
g,mean
CLT,05
r,g,mean
r,g,05

g,k
g,mean

32 N/mm²
26 N/mm²
0.6 N/mm²
32 N/mm²
4.5 N/mm²
4.5 N/mm²
2.0 N/mm²
15,000 N/mm²
12,500 N/mm²
650 N/mm²
540 N/mm²
850 N/mm²
710 N/mm²
175 N/mm²
145 N/mm²
600 kg/m³
620 kg/m³

4 Pilot roj ts
4.1 Pilot roj t Cross Laminat d Tim r
In 2015 a detached house in St. Magdalena am
Lemberg/Austria was built with the described birch
products. The structural members (walls, ceilings and
roof) enabled a decrease of the set-in timber volume of
about 10 % to 15 % if compared with common Cross
Laminated Timber made of spruce. The reason for this are
higher mechanical properties, which are achievable by
using hardwoods like birch for load-carrying purposes.
Also a special surface has been tested in the course of this
pilot project, the so-called “Excellent Lamella”. This
visible lamella is built up similar like a very small Cross
Laminated Timber, with a 5 to 7 mm thick top-layer, a 5
mm cross layer and a filling layer of stress graded
softwood. The thin top-layer and the cross layer prevent
gaps between the boards, caused by the shrinkage of
massive lamellas with the same total thickness. The filling
layer compensates the crossed direction of the cross layer,
what the mechanical properties in the supporting direction
of the “Excellent Lamella” regards.

Table 15 shows the mechanical properties of glued
laminated timber made of birch. Most of them base on the
presented results, further one were determined on the
basis of formal relationships.

Figure 12: alls an ceilings ma e o
pilot project “Einfamilienhaus Raser”
art erg tyria ustria

RC -C
or the
ol
au irsch ck
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Figure 13: C ceiling element in irch ith special sur ace
“Excellent Lamella” or the achie ement o a sur ace ree o
gaps an cracks

Figure 15: he main gir er a cantile er o
rame ork is a out m high

4.2 Pilot roj t Glu d Laminat d Tim r

The present research work was carried out in the frame of
the COMET K-programme "focus_sts" which is financed
by the funds of the Federal Ministry of Science, Research
and Economy, the Austrian Ministry for Transport,
Innovation and Technology, the Styrian Business
Promotion Agency Association and the province of Styria
(A12), the Carinthian Economic Promotion Fund (FWF),
the province of Lower Austria department economy,
tourism and technology, the Business Location Tyrol as
well as contribution of the involved consortium partners
in the programme "focus_sts". Special thanks to all
employees of HASSLACHER NORICA TIMBER which
were involved in this project.

The industrial hall in Stall in Mölltal covers an area of
about 1,000 m². The largest free span of 27 m is covered
with a framework made of glulam made with the wood
species birch. The lower chords have a cross section of
420 x 480 mm, the design load is 2,260 kN in tension. The
framework is constructed very innovative, because the
vertical posts of the framework are designed in two parts
so that the main girders with a cross-section of 160 x 1000
mm could be inserted through the vertical posts, which
saves construction height and ensures a maximum
headroom under the lower chords. The structural
members led to a decrease of glulam volume of about 20%
to 25% compared to common GL24h made of spruce.
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Investigation of the Bond Quality of Semi Industrially Produced Ash Glulam
Martin Lehmann1, Sven Schlegel2, Samuel Ammann2, Mario Beyer3, Karsten Aehlig3 ,Heiko Jung4 and Peter Niemz1
ABSTRACT: Delamination resistance and tensile shear strength (TSS) are essential for structural adhesives used in
timber industry. Thus these two factors were investigated on bonded ash (Fraxinus excelsior L.) to check the suitability
of adhesively bonded ash as building material. For determination of the delamination resistance industrially bonded ash
glulam was used. The specimens for the tensile shear tests where produced in the laboratory. Four different adhesives
types and different pre-treatment were investigated. The samples for TSS were tested in dry and wet condition. 80% of
the tested series met the requirements of the standards at dry, and only 30% passed at wet condition. None of the adhesives tested was able to pass the delamination test. No distinct influence of the different parameters studied is notable
for most of the adhesive systems, only extended closed assembly time and lower mixing ratios seem to improve the
bond quality of MUF. Additional chemical analyses, conducted to find evidence for the poor bonding performance,
showed that fatty acid content, pH and acidic extractives are in between the range of beech (Fagus sylvatica L.) and
Spruce (Picea abies Karst.). However the formic acid is an exception with a four times higher amount as the other two
species investigated.
KEYWORDS: ash glulam, structural adhesive, resistance to delamination, tensile shear strength

1 INTRODUCTION 1234
In central Europe especially in Switzerland spruce timber (Picea abies) is a limited resource and due to the fact
that in non-alpine regions hardwoods are native the
availability of those increases dramatically on the
marked [1]. The common European hardwoods have
superior strength properties as the mainly used spruce
and thus have a good potential for structural applications. However, timber construction designs often requests large sections with a definite load bearing capacity. Therefore it needs to be graded and adhesively bonded, e.g. as glued laminated timber (glulam) or laminated
veneer lumber (LVL), to achieve the demanded load
bearing capacity and dimensions. Softwoods are used in
glued timber constructions for more than 100 years by
now. Consequently common adhesive systems are designed for the use with softwoods, and technical standards focus on their application. Hardwood applications in
contrast are relatively young. Therefore their feasibility
and potential has to be verified.
The suitability of adhesive for structural timber bonding
is typically evaluated using tensile shear tests (EN 3021

Institute for Materials and Wood Technology, Bern University of Applied Sciences, Solothurnstrasse 102 CH-2504 Biel,
martin.lehmann@bfh.ch
2
Institute for Building Materials, Department of Civil, Environmental and Geomatic Engineering, ETH Zurich
3
Institut für Holztechnologie Dresden (IHD), TU Dresden
4
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1) [2] and delamination tests (EN 302-2) [3]. Especially
the second test is a major obstacle for hardwoods. It is
basically a stress test of the adhesively bonded joint by
maxing out the swelling and shrinkage of the adherents.
The high temperature process involves soaking in water
under vacuum and pressure until saturation followed by
a harsh redrying of the specimens within 30 hours. In
order to achieve the short drying time the specimen are
exposed to a high air current at 65°C and 12.5% r.h..
Only recently Schmidt et al. [4] were able to proof that
glulam produced of beech (Fagus sylvatica L) can pass
the delamination test according to EN 302-2 [3], following specific bonding parameters. Their findings however
also show how difficult it is to pass this test with hardwood. A similar study for ash glulam was done by Knorz
et al. [5], but they could not find any adhesive technology that would fulfil the minimum requirements of the
standards. In the presented study the influence of surface
preparation, priming, mixing ratio (MR) and closed
assembly time (CAT) on the adhesive performance of
industrially bonded ash wood was investigated.
Chemical analyses were conducted to determine the fatty
acids and acidic wood extractives of beech (Fagus sylvatica L.), ash (Fraxinus excelsior L.) and spruce (Picea
abies Karst.) samples to identify potential causes for the
different bonding performance. This research thus provides further information and contributes to a future
solution determination for bonding hardwoods.
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2 MATERIAL AND METHODS
The ash wood (Fraxinus excelsior L.) used for the experiments was sorted beforehand by density and ultrasonic
measurement. The used wood had a raw density of 650 ±
25 kg/m3 and a moisture content of 11.8 ± 0.7 %.
2.1 TENSILE SHEAR STRENGTH
The samples for measuring the tensile shear strength
(TSS) were produced as demanded by the EN 3021:2013 [2]. Six adhesive systems of four different adhesives types were investigated: two melamine urea formaldehyde (MUF), one phenol resorcinol formaldehyde
(PRF), one emulsion polymer isocyanate (EPI) and two
polyurethanes (PUR). The adhesive systems MUF1,
MUF2, PRF and EPI were provided by Dynea SA, the
PUR1 and PUR2 by Jowat AG. All bonding parameters
were strictly adopted from the manufacturers' guidelines.
For the MUF1 system the bonding parameters closed
assembly time (CAT) and mixing ratio (MR) were varied: CATs of 10 min, 20 min, 30 min and 40 min, and
MRs with 100 m%, 60 m% and 35 m% hardener admixture were investigated. For the PUR systems the influence of 40 g/m2 of pure (99.8 %) dimethylformamide
(DMF CAS No. 68-12-2) as primer was researched.
Kläusler et al. [6] showed that DMF is a suitable primer
to improve the bond quality of PUR in combination with
beech.
The specimens were divided in two groups and each of
them was subjected to A1 respectively A4 treatment
according to EN 302-1:2013 [2]. The treatment A1 represents the strength at dry conditions and includes storing at standard climate (20°C and 65% r.h.) for seven
days only. The A4 treatment includes storing for seven
days at standard climate followed by immersion in boiling water for six hours followed by an immersion in
water at 20°C for two hours. The specimens are tested
immediately after the removal of the water that means in
wet conditions without redrying.
A Zwick/Roell Z010 universal testing machine with a 10
kN load cell mounted was used for the determination of
the failure load. The machine was operated displacement-controlled using a constant speed of 0.8 mm/min.
The wood-failure percentage was determined immediately after mechanical testing.
2.2 RESISTANCE TO DELAMINATION
For the delamination test ash glulam beams of roughly 5
m length were produced in an industrial plant. The specimens were bonded using MUF1, PUR1, PUR2 and EPI.
MR and CAT for MUF1 were again varied as for the
tensile shear tests with face-milled surface. The variants
for PUR and EPI were identical as for tension shear tests
(face-milled, planed and DMF for PUR) The high temperature procedure as given in EN 302-2[3] was applied.
The high temperature process involves soaking in water
under vacuum and pressure for 2.5 hours (15min 25 kPa,
60 min 600 kPa, 15 min 25 kPa and 60 min 600 kPa)
followed by a harsh redrying of the specimens within 30
hours. In order to achieve the short drying time the
standard requests that the specimens are exposed to a

high air current at 65°C and 12.5% r.h. The delamination
tests were done at two different laboratories in order to
verify the reproducibility of the results.
2.3 CHEMICAL ANALYSIS
In order to identify possible causes for the diverse bonding performance between different wood species chemical analyses were conducted. Besides ash (Fraxinus
excelsior L.) also beech (Fagus sylvatica L.) and spruce
(Picea abies Karst.) were considered for these experiments. The following properties were determined:
•
•
•

pH value
Content of fatty acids
Content of acidic extractives

Before the extraction the wood samples were milled
using a Retsch mill equipped with a 1 mm sieve.
The pH-measurement was carried out after cold-water
extraction of milled wood with deionized water using a
wood-to-water ratio of 1:10. The extraction procedure is
similar to that of the determination of acidic extractives.
Determination of the surface pH was carried out on
wood board sections using a glass electrode with flat tip.
The pH value was measured at two spots per wood species after 2 min wetting of the wood surface with 0.4 ml
of deionized water for each spot.
The fatty acid content was determined according to DIN
55957.2000 [7]. This method focuses on the separation
of fatty acids by the number of carbon atoms (preferably
14 to 18) and by the number of double bonds (up to
three). The procedure includes addition of 70 ml 0.5m
NaOH in methanol to 8 g of milled wood, 2 h treatment
in an ultrasonic bath and shaking for approx. 12 h. After
filtration, 20 ml of the extract are boiled under reflux for
1 min. Subsequently, 10 ml of 14% boron trifluoride
solution in methanol is added and the mixture is boiled
for another 2 min whereupon 10 ml of heptane are admixed and the solution is boiled for 1 min. The solution
is then cooled down and salted out by addition of saturated sodium chloride solution and shaking. Finally, the
upper, organic, phase is separated and dried over sodium
sulphate. The determination of the fatty acids’ composition was determined by gas-chromatography using a
RTX-65 30 m x 0.25 mm x 0.50 µm column.
For the determination of the content of acidic extractives
10 ml of 0.025m NaOH were added to 1 g of the milled
wood sample, 60 min treated in an ultrasonic bath, and
subsequently shaken for approximately 12 h. The mixture was then filtered to obtain a clear extract. The determination of acetic acid and formic acid was carried
out using an Ion chromatograph Metrohm 761 Compact
IC with Metrohm 813 Compact Autosampler Program:
761 PC Software 1.1, Metrosep Organic Acids - 250
column, Eluent: sulphuric acid (0.5 mmol/l) / acetone
(15 %), temperature: 23°C ± 3°C.
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Under dry conditions (A1) most series surpass the 10
MPa demanded by EN 301 [8], EN 16254 [9] or EN
15425 [10] respectively (Table 1).
Table 1: Results of the tensile shear tests after treatment A1
(dry conditions) MR stands for Mixing ratio; CAT for closed
assembly time; P for planning; FM for face-milling; n for the
number of specimens in each sample; TSS for tensile shear
strength; CoV for coefficient of variation and WF for percentage of wood-failure

Adh.

MUF1

MUF2
PUR1

PUR2
PRF
EPI

MR CAT
n
TSS CoV WF
Surface
[%] [min]
[-] [MPa] [%] [%]
P
20 12.33 15
98
10
FM
20 11.58
8
100
P
17 10.16
7
94
100
20
FM
20 9.86
11 100
P
19 11.43 14
94
30
FM
20 11.08
8
100
P
16 12.32
5
100
10
FM
20 12.33 10 100
P
20 10.75 12
98
60
20
FM
20 11.23 12 100
P
20 12.52
9
91
30
FM
15 9.83
8
100
P
20 11.51 10 100
10
FM
15 12.51 13
99
P
48 12.64 19
74
20
35
FM
15 11.87 10 100
P
49 11.8
11
81
30
FM
15 9.66
10 100
40
P
30 12.35 18
54
P
15 10.88
9
100
25
40
FM
18 12.91
8
98
P
20 9.85
17
94
P+DMF 19 8.92
10
78
FM
20 11.44 13
90
P
19 12.65
6
97
P+DMF 20 9.72
16
85
FM
20 10.83 15
70
P
20 11.49 11 100
20
30
FM
20 11.19 15 100
P
20 11.54 12 100
15
15
FM
20 11.95 10
61

Significant differences are present between the MUF1
variants, but no clear trend is notable. For 100 % MR,
the lowest tensile shear strength is measured at 20 min
closed assembly time, but both longer and shorter closed
assembly time produce significant higher tensile shear
strength. A similar observation can be made for 60 %

20

100

18

90

16

80

14

70

12

60

10

50

8

40

6

Wood failure [%]

3.1 TENSILE SHEAR STRENGTH

MR, but not for 35 %. The surface preparation has no
clear influence on the tensile shear strength in combination with MUF1, however a mixing ratio of 60% and
35% and 30 min closed assembly time lead in combination with face-milling to a significant lower tensile shear
strength as the planed specimens. For these samples the
face-milling leads to a strength below 10 MPa which
means that the minimum given by the EN 301 [8] is not
reached, it has to be stated that for these samples the
wood failure is at 100% and therefore the wood strength
and not the adhesive governed the failure. All samples
with face-milled surfaces obtained a wood-failure of
100%, which was not the case for all of the planed samples. The lower wood failure was often in combination
with higher failure load and therefore no clear conclusion considering the influence of the surface preparation
can be drawn for MUF1.
Tensile shear strength [MPa]

3 RESULTS AND DISCUSSION

30
10 20 30 10 20 30 10 20 30 40 40
min min min min min min min min min min min
100%

60%
MUF1

35%

25%
MUF2 PUR1

30 15
min min
20% 15%
PUR2 PRF EPI

Figure 1: Results of the tension shear tests after treatment A1
(dry condition). The x represents the strength, the error bars
represent the standard deviation and the circles represent the
wood failure percentage. blue: Samples with planed surfaces;
red: Samples with face-milled surface; green: Samples with
planed surface and DMF as primer; purple: limit given by the
standards for A1 (10 MPa)

The PUR specimens also show mainly wood failure at
dry conditions, but not as much as the other adhesive
systems. Also the surface preparation has a stronger
influence. Both PUR1 and PUR2 do not pass the l0 MPa
in combination with planed surface and DMF primer.
PUR1 also fails without primer in case of the planed
surface, however the face-milled surface shows a significant higher tension shear strength and does pass the 10
MPa limit given by the EN 15425 [10]. For PUR2 the
influence of the surface preparation is inversed and the
planing leads to significant higher strength than facemilling, however both values are above 10 MPa. It
seams that DMF does lower the tensile strength in dry
conditions for both PUR adhesives.
Under wet conditions (A4) most series cannot pass the 6
MPa hurdle demanded by EN 301 [8], EN 16254 [9] or
EN 15425 [10] respectively. Again the closed assembly
time and surface preparation have no clear influence on
the tensile shear strength of MUF1, but lower mixing
ratios seem to promote higher failure loads. However,
none of the MUF2, EPI or PUR series passed the test.
DMF seams to produce higher tensile shear strength and
higher wood failure percentage.

Adh.

MUF1

MUF2
PUR1

PUR2
PRF
EPI

MR CAT
n
TSS CoV WF
Surface
[%] [min]
[-] [MPa] [%] [%]
P
20 4.73
37 10
10
FM
19 5.51
6
39
P
20 5.49
15 35
100
20
FM
19 5.42
8
5
P
11
5.7
15 36
30
FM
20 6.01
7
8
P
20 5.68
18
4
10
FM
18 5.83
12 42
P
19 6.15
6
27
60
20
FM
17 5.36
5
27
P
17 6.36
9
20
30
FM
15 5.79
6
61
P
20 5.64
17 51
10
FM
15 7.11
12 73
P
39 5.56
20 34
20
35
FM
15 6.66
5
29
P
40 6.36
16 28
30
FM
15
6.6
14 93
40
P
29 5.29
19 15
P
14
5.9
6
6
25
40
FM
20 5.88
11 90
P
20 4.24
23
2
P+DMF 20 4.55
38 19
FM
20 5.47
11 21
P
20 5.01
13
0
P+DMF 19
5.4
23 48
FM
20 4.76
13
5
P
20 7.44
10 90
20
30
FM
13 6.35
4 100
P
19
5.2
25 11
15
15
FM
19 4.41
9
74

The PRF series achieved tensile shear strength above 6
MPa. Thus PRF is the only adhesive system that reliably
fulfils the EN 301 criteria regarding tensile shear
strength after treatment A1 and A4. Six of the l9 parametric setups for the MUF1 also fulfil these requirements, but no distinct trend is notable. However lowering the mixing ratio for MUF1 seems to slightly improve
the tensile shear strength for dry and wet conditions.

10
9
8
7
6
5
4
3
2
1
0

100
90
80
70
60
50
40
30
20
10
0

Wood failure [%]

Table 2: Results of the tensile shear tests after treatment A4
(wet conditions) MR stands for Mixing ratio; CAT for closed
assembly time; P for planning; FM for face-milling; n for the
number of specimens in each sample; TSS for tensile shear
strength; CoV for coefficient of variation and WF for percentage of wood-failure

Tensile shear strength [MPa]
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10 20 30 10 20 30 10 20 30 40 40
min min min min min min min min min min min
100%

60%

35%

MUF1

30 15
min min

25%

20% 15%

MUF2 PUR1 PUR2 PRF EPI

Figure 2: Results of the tension shear tests after treatment A4
(wet condition). The x represents the strength, the error bars
represent the standard deviation and the circles represent the
wood failure percentage. blue: Samples with planed surfaces;
red: Samples with face-milled surface; green: Samples with
planed surface and DMF as primer; purple: limit given by the
standards for A4 (6 MPa)

Only the PUR adhesives show a correlation between
wood failure and tensile shear strength, i.e. higher failure
load leads to more wood failure. All other adhesives
show no clear correlation between the strength and wood
failure. The lowest wood failure after treatment A1 is
found in combination with a tensile shear strength above
12 MPa, but other series with 100 % wood failure have a
strength below 10 MPa. This indicates that even quite
strict grading of the wood may does not avoid some
influence of the wood on the results of the tensile shear
tests.
3.2 RESISTANCE TO DELAMINATION
Table 3 shows the delamination test results.
Table 3: Results of the delamination tests applying the high
temperature process MR stands for Mixing ratio; CAT for
closed assembly time; P for planning; FM for face-milling; n
for the number of specimens in each sample and CoV for coefficient of variation

Adh.

MR CAT
l00

MUF1

60

35

PUR1

PUR2
EPI

15

10
20
30
10
20
30
10
20
30

Surface

FM
FM
FM
FM
FM
FM
FM
FM
FM
P
P + DMF
FM
P
P + DMF
FM
P
< 20
FM

n
[-]
6
6
6
6
6
6
6
6
12
12
12
12
12
12
12
6
12

Delam. CoV
[%]
[%]
89
8
75
15
78
8
89
7
5l
29
33
29
46
23
40
9
38
25
88
8
96
4
97
3
89
6
28
19
79
7
65
21
89
6
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The lowest average delamination was recorded for the
PUR2 with planed surface and DMF applied as primer,
being at 28%. This value however is still far beyond the
5% demanded by EN 301 [8], EN 16254 [9] or EN
15425 [10] respectively. Therefore no adhesive system
tested (PRF was not included in the delamination tests)
was able to meet the requirements of the standards. Most
series failed with more than 60% delamination. Besides
these high values, two clear tendencies for MUF1 are
remarkable. Firstly, the delamination decreases with
decreasing mixing ratio; and secondly, the delamination
decreases when extending the closed assembly time.
These tendencies are also present for the tensile shear
strength, but less distinctive than for the delamination.

Delamination [%]

Some samples where tested in two different laboratories
in order to verify the reproducibility of the results. Figure 3 shows the results for each laboratory separately.
The difference between the results is relatively small and
both sets show the same trends, therefore the reproducibility of the delamination tests is given at least for the
involved institutions.
100
90
80
70
60
50
40
30
20
10
0

FM FM FM FM FM FM FM FM FM

P

P + FM
DMF

P

P + FM
DMF

10 20 30 10 20 30 10 20 30
min min min min min min min min min
100%

60%

FM

< 20 min

35%

MUF1

P

15%
PUR1

PUR2

EPI

Figure 3: Results of the delamination tests blue: Results of
laboratory 1; red: Results of laboratory 2. On the horizontal
axis the surface preparation, closed assembly time, mixing
ratio and adhesive type is given. FM stands for face milling
and P stands for planing

The findings considering the resistance to delamination
are in general concordant with the ones of Knorz et al.
[11]. They also concluded that increasing the closed
assembly time improves the resistance to delamination
for MUF adhesives. However the positive influence of
increasing the mixing ration could not be confirmed by
the presented work. This might be explained by the different MUF systems used in the two investigations.
3.3 CHEMICAL ANALYSES
Beech contains the lowest concentration of acidic components of the investigated wood samples (Table 4 to
Table 6). Consequently, its pH Value is the highest
compared to that of ash and spruce wood (Table 7). The
acid content as well as the pH value of ash wood are
inbetween those of beech and spruce. However, a remarkable difference regarding the distribution of acetic
and formic acid concentrations among the three wood
species can be observed. Although spruce wood contains
the highest amount of acidic components, ash wood
contains the highest amount of formic acid. It exceeds
the formic acid concentration of the other wood samples

by a factor of 4. The results of the surface pH measurements correspond with those of the acidic extractives.
Table 4: Content of simple carboxylic acid

Spruce
Beech
Ash

Acetic acid
[mg/kg]
423
114
227

Formic acid
[mg/kg]
13
10
51

Σ
[mg/kg]
436
124
277

Unsaturated
fatty acids
[mg/kg]
499
81
517

Σ
[mg/kg]
691
169
606

Table 5: Content of fatty acids

Spruce
Beech
Ash

Saturated
fatty acids
[mg/kg]
192
88
88

Table 6: Content of the five most substantial unsaturated fatty
acids

Oleic acid [mg/kg]
Trans-9-elaidic acid [mg/kg]
Linoleic acid [mg/kg]
Linolelaidic acid [mg/kg]
Linolenic acid [mg/kg]

Spruce
113
62
235
82
0

Beech
15
0
66
0
0

Ash
80
103
303
0
23

The results show that spruce wood contains the highest
amount of fatty acids, whereas in beech wood far less of
these substances were found. However, ash and spruce
have comparable contents of unsaturated fatty acids. It
can be seen that beech wood contains rather small
amounts of unsaturated fatty acids with one (oleic acid)
and two double bonds (linoleic acid). In contrast contains also a threefold-unsaturated acid (linolenic acid).
Table 7: pH values of the extractives and the Surface

Spruce
Beech
Ash

Extractives pH
4.74
5.39
5.18

Surface pH
4.97
5.4
5.26

4 CONCLUSION
None of the tested MUF, PUR and EPI adhesive was
able the meet the requirements of EN 301 [8], EN 16254
[9] or EN 15425 [10] respectively. The PRF was the
only adhesive system that reliably achieved the demanded tension shear strength. Low mixing rations and long
closed assembly times lead to improved boning performance for MUF1. No explicit trends were identifiable
for PUR, EPI, PRF or MUF2 regarding tension shear
strength or delamination. The content of acidic contents
of ash lies in the range between ash and spruce. However
the content of formic acid is four times higher in ash as
in beech and spruce.
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Beech Glulam - Investigations of surface preparation and gluing
Bettina Franke1, Christian Lehringer2, Andreas Müller3, Flavien Sauser4
ABSTRACT: In Central Europe, beech wood is the main available hardwood species and its use is also broadly
advertised for engineered wood products. Used as engineering material, beech wood offer a great potential for high
performance timber structures. However, the physical material behaviour of beech wood and its differences from the
material properties from commonly used softwoods require specially adapted production processes for engineered wood
products and therefore – among other reasons – delay the broad introduction into the market. The presented results
reveal some obstacles and chances for the production of glued laminated timber. The test programme comprises the
investigation of different surface preparation techniques as well as the use of different certified adhesives. The
characterisation of the different arrangements is based on the requirement of the production of glued laminated timber
according to EN 14080:2013. The results show that it is generally possible to produce high quality beech glued
laminated timber with commercially available adhesives.
KEYWORDS: Glued laminated timber, Cross laminated timber, Beech, Adhesives, Shear strength, Delamination

1 INTRODUCTION 123
Glued laminated timber (Glulam) or cross laminated
timber (CLT) are well known and established products in
wood engineering. The mainly used products in the
timber construction sector are based on softwood
materials. Currently they are no standard products of
Glulam or CLT in hardwood. Thus, individual solutions
are
needed,
making
hardwood
constructions
complicated, expensive and less attractive for use.
Market researches from Bern University of Applied
Sciences show a high potential of beech wood products,
[1]. So far there are, in general, no established
parameters like price, potential, production amount,
delivery time and/or connections available for hardwood
products. However, the potential of beech Glulam on the
market can be approximated for ten years after industrial
production start to 3.900 m3 up to a maximum of 25.400
m3 per year depending on the scenarios, [1]. Regarding
the opinion of experts, the maximum amount can be
achieved because beech Glulam is then available as a
1
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high performance and high-tech product which,
moreover, can show the full strength for many
engineering areas in combination with a good marketing.
The field of application of beech Glulam ranges from
replacement of steel or concrete columns or members in
multi-story buildings, realisation of large span halls, but
also in smaller halls to reach higher effective useable
volume due to reduced cross sections, and in family
homes for column-free floor plans.
Compared to softwoods, the mechanical properties of
beech show higher values. For example, the strength
values in bending and compression parallel to the grain
are up to 175% respectively 150% higher of beech wood
compared to softwood. The higher natural strength is
based on the correlation of the density and the
mechanical material behaviour. With 690 kg/m3, the
average raw density of beech wood is significantly
higher than e.g. Norway spruce (450 kg/m3).
At the moment, the natural higher strength potential of
beech wood is mainly used for partial reinforcements in
timber structures, e.g. for strengthening the lateral
compression strength at supports or loading plates or the
tension strength perpendicular to grain at notches and
holes or in tapered and curved beams [2].
Currently, there grows more wood than been used in the
Swiss forest. Especially the hardwood stock has been
increasing since 1995. 31% of the entire wood stock is
hardwood, where the biggest part of 18 % counts for
beech wood [3]. In Switzerland, hardwood is mainly
sawn to unedged boards 38%, [4]. Caused by the
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anatomy and the crooked trunks only 40 - 50% of the log
can currently be used. For the production of engineered
wood products such as Glulam or CLT, it must be
considered that hardwood differs from softwood in terms
of growth habit and growth cycle as well microscopic
structure. Therefore, technologies and production
processes of softwood cannot be used one-to-one and
need adaptations and further inventions.
Hence, the production of Glulam and CLT is almost
limited to softwood and only some guidelines are
available for beech wood, e. g. [5], [6]. However, no
standards for the industrial process are available and the
industry still tends to avoid the use of beech wood as a
material resource. The existing technologies for the
production of structural timber should be optimized for
an economic fabrication of beech wood and standards
have to be created or adopted to eliminate the constraints
of the application of hardwoods in general.

2.2 QUALITY ASSESSMENT
2.2.1 General
The verification of the production of Glulam is
according to EN 14080:2013. The bondline integrity has
to be proved by delamination or shear tests. The
requirements in the standards for both test setups are
established for softwood and not for hardwood.
However, these regulations were applied for the
assessment of beech Glulam, [9], [12], [13].
A harmonized European standard for Glulam made of
selected hardwoods is in preparation, which however
will not be available on the short run. At the moment,
Glulam can be produced according to EN 14080:2013
with some hardwood species, however out of the range
for a CE-conformity. Hence, the only way for a CEconform production of engineered wood products is via a
national approval or a European Technical Assessment
(ETA).

2 MATERIALS AND METHODS

2.2.2 Delamination test

2.1 GENERAL

The delamination test according to EN 14080:2013,
Annex C is used to evaluate the bondline integrity
against the climate exposure during the life time during
factory production control. The test begins with a fully
adsorption of water of the specimen by applying
controlled vacuum and compression cycles while the
specimen is under water. Finally the specimen is dried
using an oven with air circulation. The wet and dry cycle
results in tension stress transvers to the glue line in the
specimen. For the assessment, the sum of the openings
along the glue line at the end grain developed during the
tests has to be taken in relation to the total glue line
length at the end grain of the specimen. To respect
different service classes according to EN 1995-1-1:2004,
the delamination test standard differs between three
methods for the wet/dry cycles. The specimen size used
during the presented investigations was b/h/l =
100/160/75 mm, as shown in Figure 1.

The face gluing of the lamellas is a key point for the
production of beech Glulam. The durability and strength
of the glue line has to be ensured over the life span of the
product. Therefore, the anatomic differences of
hardwood and softwood have to be considered. The
penetration behaviour is different, [7] and the possible
red heartwood of beech wood influences the penetration
as well, [8].
There is also an influence of the lamella thickness on the
quality of the beech Glulam, Frühwald (2010).
Thicknesses of 18 mm, 24 mm and 30 mm beech
lamellas were tested using the adhesives Melamine Urea
Formaldehyde (MUF), Polyurethane (PUR), and Phenol
Resorcinol Formaldehyde (PRF). The quality of the glue
line increases with thinner lamellas.
The final Glulam member of beech wood can reach
strength classes of GL 48 and higher, [5], [9], [10].
However, the high natural potential of beech wood
which can lead to strength classes up to GL 60 or more is
still not been used. Therefore, the research work is still
ongoing.

Lamella
Glue line
h

The paper presents results that were obtained from
investigations concerning the production of beech
Glulam. The results were partly generated within a
publicly funded research project at the Bern University
of Applied Sciences in the year 2013, investigating the
face gluing performance of several adhesives on beech
wood. One of the project partners was the Henkel & Cie.
AG/Purbond, who contributed experience and know-how
for the application of 1-Component Polyurethane
adhesives (PUR). And who independently investigated
and developed an industrially applicable and certified
solution for the face gluing of beech wood with PUR.

R

L
T

b

l

Figure 1: Specimen for delamination test according to
EN 14080:2013, Annex C
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Lamella
Glue line

Loading plate

l

b

T
R

Figure 2: Test setup for shear test according to
EN 14080:2013, Annex D

Figure 3: Cutting plan for the delamination specimens (D) and
shear specimens (S)

2.2.3 Shear test
The second required test for the bonding quality of
Glulam during factory production control is a shear test
of the glue line loaded in longitudinal direction
according to EN 14080:2013, Annex D. The standard
provides two specimen shapes, on the one hand the block
or bar with a cross section of 50 mm by 50 mm including
all glue lines of the member depth (as shown in Figure 2)
and on the other hand a drill core including only one
glue line. Parallel to the shear strength, the percentage of
wood failure (PWF) at the failure plane after testing has
to be visually examined.
2.3 PRELIMINARY TEST PROGRAM
Beech lamellas with a thickness of 20 mm from the Jura
region, Switzerland, were used. The lamellas were
conditioned at 20 °C temperature and 65% relative
humidity until use. The moisture content of wood was in
average 14.1 M%. The lamellas were free from defects
with an average density of 702 kg/m3.
For the investigation of the gluing capability, different
surface preparations were carried out in combination
with different adhesives. The roughness of the surface
was detected before the gluing process. The roughness of
the surface as surface profile of the lamellas was
determined using a touching measuring device.
The adhesives used for the test series ranges from 1CPolyurethane (PUR), Melamine Urea Formaldehyde
(MUF) to Resorcinol Formaldehyde (RF). Table 1 gives
an overview of the complete test program. The
production comprises homogeneous beech Glulam of
beech wood with a cross section of 100 mm by 160 mm,
as shown in Figure 3.
Table 1: Preliminary experimental test program

Surface

Adhesive

Number of
specimen

Planed

MUF, PUR, RF

10, 10, 10

Rough sanded P40

MUF, PUR, RF

10, 10, 10

Fine sanded P100/P150

MUF, PUR, RF

10, 10, 10

Rotoles/Face milling

MUF, PUR, RF

10, 10, 10

The gluing process itself was done under production
conditions in company (20 °C and 50% relative
humidity). The laminating pressure was 0.7-0.9 MPa and
the pressing time 16 hours.

3 RESULTS AND DISCUSSION
3.1 PRELIMINARY TEST PROGRAM
3.1.1 Surface Roughness
In average, the roughness of the surface of the lamellas
can be divided into two levels. The planed and fine
sanded surfaces are 32 μm respectively 45 μm rough in
average. This is less compared to rough sanded and the
face milled surface with 151 μm and 174 μm in average.
3.1.2 Shear strength
The shear strength of all test series is in average
16.5 MPa and the minimum required percentage of wood
failure is fulfilled, according to EN14080:2013. The
values of the shear strength for the different adhesives
and surfaces used are in a small range, see Figure 5. No
clear advantages or disadvantages of different surface
preparations or adhesives could be determined, except
higher COV for planed surfaces.
3.1.3 Delamination
The results of the delamination test according the B
procedure of EN 14080:2013 differs clearly for the
surfaces and adhesives used, see Figure 7 and Figure 8.
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Figure 4: Roughness characteristic of surfaces for Beech
Glulam

5

80%
MUF

68.3%

PUR

RF

40%

20%
4%
0%

0

1

2

3

4

RF

37.9%

0.9%

20.2%
15.0%
0.6%

1.9%

0.0%
0.1%

MUF

PUR

60%

13.3%

24
22
20
18
16
14
12
10
8
6
4
2
0

Delamination [%]

Shear strength [MPa]

WCTE 2016 e-book | 625

3.3% 3.5%

5

Figure 5: Shear strength of glue line for Beech Glulam

Figure 8: Overview of the delamination test results for Beech
Glulam (Minimum, Maximum and Average value of each
configuration)

The test series with RF fulfils the requirements for
delamination of less than 4% according to
EN 14080:2013 for all surfaces. The MUF adhesives can
be used for sanded and face milled surfaces.
The results for the PUR adhesive were significantly
above the requirements of EN 14080:2013. This,
however was due to the fact that an adhesive system
developed and certified for bonding softwoods was used.
3.2 LATEST EXPERIMENTAL TEST SERIES
AND DEVELOPMENTS

Figure 6: Samples for determination of the percentage of wood
failure, 100% PWF (top), 60 % PWF (bottom) applying the
Wiesner Test, (purple color: wood surface, light color:
adhesive surface)

Figure 7: Differences in the delamination tests for Beech
Glulam, planed specimen with MUF (left), rough sanded with
MUF (right)

Henkel & Cie. AG recognized the need for the
development of a solution that is able to bond beech
wood (and other alternative wood species) under
industrial conditions. Target was set to reduce the
delamination results under the existing requirements of
EN 14080:2013 and EN 15425, where possible. A
feasible way was found to apply a primer pre-treatment
to the wood surface and combine it with the established
and already certified LOCTITE/PURBOND-adhesive
systems. Laboratory test results and trials in factory
production revealed the significant effect on the delamination
behaviour of glued beech wood (Figures 9 and 10).
Also with beech Laminated Veneer Lumber (LVL), a
significant improvement of the bonding quality towards
normative requirements could be achieved (Figure 11).

Figure 9: Beech Glulam, glued with LOCTITE HB S309
PURBOND and partly with Primer LOCTITE PR 3105
PURBOND, Delamination test acc. to EN 14080:2013, D
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Since 2014, the adhesive system has been integrated into
two general building approvals for Germany (Z-9.1-679,
Z-9.1-765) for face gluing of beech wood, [16], [17].
Furthermore, the adhesive system was applied for the
production of CLT which was used as construction
material for the recently opened Empa NEST VisionWood [18].

4 CONCLUSIONS AND VIEW
Figure 10: Beech-spruce hybrid Glulam, glued with LOCTITE
HB S309 PURBOND and partly with Primer LOCTITE PR
3105 PURBOND, Delamination test acc. to EN 14080:2013, D

The research results presented show clearly the
successful development of the production of glued
laminated timber of beech wood. The preliminary test
series show already a good material behaviour for the
shear strength. Though, the delamination tests results,
which represent the climate exposure during life cycle,
were not satisfied for all configurations at this stage.
The face gluing of beech wood with some PUR
adhesives under industrial conditions is possible within
existing standard requirements (for softwoods), when a
treatment with a special primer is conducted prior to
adhesive application.

Figure 11: Beech Laminated Veneer Lumber, glued with
LOCTITE HB S309 PURBOND and partly with Primer
LOCTITE PR 3105 PURBOND, Splitting test acc. to EN 14374, B

In a later work, Lüdtke et. al [15], investigated the effect
of the this primer on beech, oak and ash and could
confirm the significant improvement of delamination
results for all those wood species (Figure 12).
Since 2014, the adhesive system has been integrated into
two general building approvals for Germany (Z-9.1-679,
Z-9.1-765) for face gluing of beech wood, [16], [17].

Hence, an interesting alternative can be offered to the
market, which in addition comprises the advantages of
safe and clean application (1-Component), shortest
curing times (down to 10 Minutes) and with no
emissions of VOC or formaldehyde in the wood
member. Latter aspect is a strong argument for the
production of CLT with such PUR-adhesive systems.
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MECHANICAL PROPERTIES OF BEECH CLT
Steffen Franke1
ABSTRACT: The use of relatively new constructions products like Cross laminated timber (CLT) is increasing significantly. It is planned to extend the production of CLT by producing them out of beech or of beech and spruce in combination as hybrid product. The objective is to provide high performing materials which compensate weak points in soft
wood products. In order to use and implement the product, the mechanical behaviour of a CLT plate of beech were
investigated. The potential of beech is shown in terms of known strength values. Experimental tests for the evaluation
of the strength and stiffness values for beech CLT for different situations as well as delamination tests were performed.
Failure cases of the mechanical tests are presented and discussed where the rolling shear failure was in major focus for
the discussion.
KEYWORDS: Hardwood, CLT, mechanical properties

1 INTRODUCTION1
Hardwood shows a higher natural strength potential than
soft wood. Due to their high adaptability, hardwood
species increase their population. In the long term, the
hardwood population is growing faster than they are
needed and currently used in the construction sector.
Furthermore, hardwood, with its good mechanical properties, can be the key in realizing long spanned and high
stressed timber constructions. On the other hand, the
available cross sections and lengths are less in dimensions. To compensate this, wood products such as glulam
or Cross laminated timber (CLT) are one main opportunity. CLT is getting popular for softwoods, but only
less research was done using hardwood, [1]. The paper
presents first results on the investigation of the mechanical behaviour with evaluation of several strength and
stiffness values of CLT made of beech wood.

softwood products due to higher handling costs but
mainly due to non-standardization, non-effectiveness and
individual production.
Compared to softwood, the mechanical properties of
hardwood have higher values. A comparison of mechanical properties of spruce and different hardwood species
is shown Figure 2. Especially the tension strength perpendicular to the grain for hardwood can reach up to

2 POTENTIAL OF HARDWOOD
2.1 General

1
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Figure 1: Distribution of wood species in the Swiss forest, [2]
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The high potential of hardwood is caused by various
aspects like their high adaptability to climate changes.
Compared to conifers, deciduous trees species are comparably young and have a more developed and complex
cell structures that enable rapid adaptation to changing
living conditions. Especially maple and beech population
show a steady increase in Swiss forests [2], Figure 1.
This potential is rarely used by the building industry
even so hardwood logs are up to 30% cheaper than softwood logs [Gross 2010]. However, so far, the prices for
the products made of hardwood are higher compared to
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Figure 2: Comparison of mechanical properties of hard-

wood and softwood species
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260% of the softwood strength values. In bending and
compression parallel to the grain, the strength values are
up to 175 % respectively 150 % higher. Therefore, the
use of hardwood allows larger spans and smaller cross
sections. The higher natural strengths are based on the
relation of the density to the mechanical material behaviour. The densities of hardwood are obviously higher
with e.g. around 610 kg/m3 for maple wood or around
690 kg/m3 for beech wood in average. Furthermore, due
to its higher density, beech CLT performs better in terms
of sound insulation and can reduce the use of concrete,
[7].
At the moment, the natural higher strength potential is
mainly used for partial reinforcements in timber structures, e.g. for strengthening the lateral compression capacity at supports or loading plates or the tension capacity perpendicular to grain at notches and holes or in tapered and curved beams [3].
2.2 AVAILABLE PRODUCTS
The mainly used products in the timber construction
sector are based on softwood materials. Currently they
are no standard products in hardwood. Thus individual
solutions are needed, making hardwood constructions
complicated, expensive and less attractive to use.
In Switzerland, hardwood is mainly sawn to unedged
boards 38 %, see Figure 3. Caused by the anatomy and
the crooked trunks only 40-50% of the log can be used
currently. For the production of engineered wood like
glulam or CLT it needs to be considered that hardwood
differs from softwood in terms of growth habit, growth
cycle as well microscopic structure. Therefore technologies and production processes of softwood cannot be
used one-to-one.
A practical application of hardwood in timber structures
is for example the roofing of a car park garage in Arosa
(Switzerland), where the roof is made of softwood glulam with local reinforcement in ash wood. The span
reaches up to 19.7 m, [5]. Further the agriculturally
structure in Lauenen is an example for a hall construction. It is built in beech glulam wood of GL48, [5].
Hardwood is also used in several structural components
in the House of Natural Resources at ETH Zurich. Here
e.g. an innovative post-tensioned timber structures is
designed. The joints are strengthened with ash hardwood, so that no further steel elements are required in

the moment-resisting timber joint; only a single straight
tendon is placed in the middle of the beam, [6]. In addition timber-concrete composite slabs using beech wood
plates are installed.
2.3 POTENTIAL OF BEECH CLT
Market researches from the Bern University of Applied
Sciences show a high potential of beech CLT, [7]. Numerous applications of beech CLT are conceivable as the
use of beech CLT for highly stressed load bearing that
opens the possibility to the use this material in multi
storey timber structures. Besides this, a promising application is the use in floor constructions, especially for
biaxial spanned floor slaps compared to spruce CLT.
Using Beech CLT for load carrying floor constructions,
the modulus of elasticity is of high importance. As 95%
of the stiffness properties of CLT are defined by the
outer lamellas, hybrid cross sections are possible, with
high strength and stiffness demands on the outer lamellas. To reduce the price and weight, the inner lamellas
can have lower strength and stress values, [7].
The use of beech CLT can open up new fields for timber
construction. It can play an important role building staircases and can replace concrete structures.

3 LOAD BEARING BEHAVIOUR OF CLT
CLT can be loaded in two principals; vertical to the
plane (out of plane) and in plane. This causes panel
stresses and shell stresses. Figure 4 shows typical loading situation of CLT panels. The load carrying behavior
of CLT is affected by the orthogonal order of the single
layers and their anisotropic material characteristic. The
cross wise orientation of the layers influence the deformation and stress distribution and has to be considered.
3.1 LOAD OUT OF PLANE
Due to the low shear stiffness of the cross layers, out of
plate bending load leads to a different behaviour for the
stress distribution and deformation than known for solid
wood, as shown in Figure 5 and Figure 6. The ductile
composite of each layer has to be considered like a semirigid connection. The load carrying capacity is governed

Loading out of plane
- parallel (∥) to top layer

Loading in plane
- parallel (∥) to top layer
Figure 3: Sawing of hardwood, [4]

Loading out of plane
- vertical ( ) to top layer

Loading in plane
- vertical ( ) to top layer

Figure 4: Possible loading types for CLT-panels
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by the rolling shear strength of the cross layers. The
tension and compression stress in the center of each
layer decreases while the bending stress and, therefore,
the maximum bending stress increases. Tension stresses
in the cross layers develop only for edge bonded cross
layers.
3.2 LOAD IN PLANE
CLT elements can be used as wall systems to carry vertical and horizontal loads. A description of the load carrying effect can be found in [8]. An optimal vertical load
transfer can be achieved arranging the outer layer vertically. According to [8], the semi rigid connection of the
vertical layer, caused by the low shear stiffness of the
horizontal layer, need to be taken into account for buckling and deformation proof. For complex and highly
stressed structures, CLT elements need to be calculated
according to shear analogy.
For residential, school and industrial buildings, it is sufficient to calculate with an effective stiffness. This
method is based on the shear analogy but the bending
and shear stiffness are summarized to an effective overall stiffness [8].

4 PRODUCT DEVELOPMENT
4.1 MATERIAL AND EXPERIMENTAL TEST
SERIES
Because of their good mechanical properties and increasing population, CLT board out of beech wood, was built
together with industry partners. It consists out of layers
of different thickness crosswise stacked to a total thickness of 120 mm. The cross section is displayed in Figure
7. Due to the cross layers, the direction and position of
Bending stress
own I part

normal stress
Steiner part

normal stresses

the lamellas and the loading directions need special consideration (Figure 4). This is considered in the experimental test setups and evaluation of the results.
For the investigation of the mechanical behaviour, experimental test series were carried out. Besides the bending
tension and compression strength, the shear, rolling
shear and the delamination of the CLT plate was determined according the SN EN 408:2012, SN EN
14080:2013, FprEN 16351:2013 and SN 302-2:2013.
The test set ups are displayed in Figure 8 to Figure 10.
The four-point-bending test, Figure 8, was performed
using specimens with horizontal and vertical lamellas to
determine the bending stiffness and bending strength for
both cases. The edge bending stresses (horizontal lamellas) is determined by formula (1). For the bottom layer
formula (2) was used. The bending stress (vertical lamellas) was determined by equation (4). The test samples
have not been preconditioned, because of the sizes. They
were stored at room temperature after delivery.
The rolling shear was tested according to Figure 10. The
samples were not preconditioned and loaded to its maximum load. The rolling strength was determined on the
basis of the maximum load using equation (5).
The compression strength was determined in three different grain orientations (see Figure 9). Parallel to the
grain, the specimens were tested up to ultimate load,
while perpendicular to the grain, the maximum load was
determined at 7 mm deformation. The compression
strength was determined du to equation (6) and (7). The
specimens were not preconditioned.
The shear test of the glue line was determined according
to SN EN 14080:2013. To avoid failure due to rolling
shear, the specimens were loaded in a 45° angle (see
Figure 11). The shear strength was determined using
equation (8). The specimens were stored under standard
climate for 5 days (20 °C/65 % relative humidity).

6∗

∗
own I part

Steiner part

shear stresses

∙

, ,

∙

,

∗
Figure 5: Bending stress and shear stress of CLT elements, [8]

Figure 6: Shear deformation of glued CLT element, [8]
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4.2 Additional Rolling shear tests
As the rolling shear plays an important role for the load
carrying capacity of CLT boards, additional tests with
changing layer thicknesses were performed (see Figure
12). Based on these test results, the influence of the layer
thickness on the rolling shear was determined.
Figure 7: Cross section of a CLT out of beech

The top and bottom layer of asymmetrical compositions
of CLT elements are orientated in the opposite directions. Therefore, four specimens with a cross orientated
layer at the top and four specimens with a cross orientated layer at the bottom were tested (Figure 13). The load
was applied on the top surface, [9]
The asymmetrical composition of the elements needs to
be considered for the evaluation of the results. Due to the
different layer thicknesses, the effective depth changes
which influences the stress distribution and maximum
stress. Figure 14 shows the shear distribution for two
cross sections of 33 and 10 mm layers respectively. The
shear stress belongs to 100 kN loading and is calculated
be the elastic composite theory.

Figure 8: Test setup for bending

It is obvious that the shear stresses are reduced with
increasing effective depth and decreasing layer thickness. The shear stresses can distribute more evenly and
lead to a smaller maximum.
Only specimen with rolling shear failure were used for
the evaluation of the results. Some specimen showed
failure in bending of the bottom layer due to gluing problems, as shown in Figure 15 and Figure 16.

Figure 9: Test setup for compression

5 RESULTS AND DISCUSSION
5.1 CLT PLATE
The CLT plate was tested due to its stiffness as well as
bending, shear, compression and tension strength. Figure
17 and 18 show typical bending failure and Figure 19 a
rolling shear failure. The characteristic values determined are displayed in Table 1.

Layer thickness
2.4 mm

Layer thickness
10 mm

Layer thickness
20 mm

Layer thickness
33 mm

Figure 12: Variation of the layer thickness to determine the
rolling shear of CLT elements
Figure 10: Test setup for rolling shear

Cross layer at top

Cross layer at bottom
Figure 11: Shear test specimen

Figure 13: Cross layer at the bottom and top, [9]
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200

Table 1: Mechanical properties of Beech-CLT

180

Description
Bending strength
Rolling shear
In plane compression
Compression perp. to the plane
Shear strength
Modulus of Elasticity (global)

1.83

Height [mm]

160
140
120

1.94

100
80

1.83

60
40
20
0

0.0

Height [mm]

200

0.5

1.0

1.5

2.0

Shear stress x [MPa]

2.5

0.67
1.19

150

1.38
1.68

100

1.68
1.19

50

0

fm,05
fR,v,k,05
f c,0,05
f c,90,05
f v,05
Emean

In general, the achieved values are relatively high compared to CLT out of spruce. Especially the rolling shear,
bending and compression strength perpendicular to the
grain are significantly higher than comparable CLT
plates out of spruce, compare Figure 20. The presented
test results were determined using test samples which
were cut from a single plate. The test results achieved
has to be confirmed in further test series to get representative material parameters. But nevertheless, it shows
the great potential of the developed product and the use
of hardwood in the construction sector.
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Shear stress x [MPa]

2.5

Figure 14: Shear stress distributions for different layer thicknesses, [9]
Figure 17: Bending failure (plate test)

Figure 15: Failure of finger joints within the bottom layer,[9]
Figure 18: Bending failure (in plane test)

Figure 16: Bending failure of bootom layer due to less glue for
the surface and fingerjoints gluing,[9]

Value
43.8 MPa
3.8 MPa
61.5 MPa
9.3 MPa
5.9 MPa
12306 MPa

Figure 19: Rolling shear failure
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Figure 20: Comparison of mechanical properties of hardwood
and softwood CLT

5.2 ENHANCEMENT OF ROLLING SHEAR
In the design of solid wooden ceiling, the rolling shear
strength limits the load bearing capacity. Compared to a
CLT out of spruce, the rolling shear strength of a CLT
out of beech is more than two times higher. Figure 21
shows the comparison of the rolling shear strength of a
CLT board out of spruce and beech. In addition to the
material, also the thickness of the lamellas influences the
rolling shear strength. The values increase with decreasing lamella thickness up to a thickness of 10 mm. But
then shows less strength for thicknesses of 2,4 mm used
by veneers.
The rolling shear failure also depends on the layer thickness. Whereas thin layers show rolling shear only, Figure
22 and 24, specimen with thicker layers also show tension failure perpendicular to the grain within the layers,
Figure 23 and 25.

Rolling shear strength [MPa]
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Figure 21: Rolling shear strength depending on the crosssectional structure

Figure 22: Rolling shear failure, beech, t ≤ 10 mm ,[9]

Figure 23: Rolling shear failure, beech, t ≥ 20 mm, [9]

Differences of the behavior and strength values regarding the position of the outer cross layer, top or bottom,
could not be seen.

6 CONCLUSIONS
CLT elements out of beech show a great potential. Especially the determined mechanical values like the rolling
shear and the compression strength perpendicular to the
grain open new applications of CLT in timber structures.
CLT elements can be used as plate and shell elements
loaded out of plane and in plane direction. The rolling
shear strength and failure behaviour depends on the layer
thicknesses and composition of the elements. However
the experimental test series has to be extended to different production lines in order to prove the mechanical
properties.

Figure 24: Rolling shear failure, laminated veneer lumber
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Figure 25: Rolling shear failure, CLT with 10 mm layers

WCTE 2016 e-book | 634

REFERENCES
[1] Ringhofer, A., Schickhofer, G., Timber in Town –
current examples for residual buildings in CLT and
task for the future, In: European Conference on Cross
laminated timber (CLT), Graz, Austria, 2013.
[2] Brändli, U.-B., Schweizerisches Landesforstinventar.
Ergebnisse der dritten Erhebung 2004 – 2006. Bundesamt für Umwelt, BAFU. Bern, 2010.
[3] Franke S., Hoch belastet – optimieren mit Laubholz.
In: Holzbautag Biel. 2013
[4] T. Lüthi: Analyse der Schweizer LaubholzSägewerke. Teilbericht 2 zur Studie – Entscheidungsgrundlagen zur Förderung von Laubholzverarbeitung und –absatz.2009.
[5] T. Strahm, Hardwood structures in Switzerland, Proceedings of 20. IHF, Garmisch Partenkirchen, Germany, 2014.
[6] ETH Zurich, House of Natural Resources,
http://www.honr.ethz.ch/en/, 17.05.2016.
[7] T. Näher, B. Neubauer-Letsch, Grundlagen zum
Marktpotential für verklebte Laubholzprodukte mit
Fokus Buchen-Brettschichtholz, Research Report,
Bern University of Applied Sciences, Switzerland,
2015.
[8] S. Winter, H. Kreuzinger, P. Mestek: Teilprojekt 15 Flächen aus Brettstapel, Brettsperrholz und Verbundkonstruktionen. TU München. 2009.
[9] R. Blaser: Untersuchung zur Schubbeanspruchung
von Furnier- und Brettsperrholz. Bachelorthesis.
Bern University of Applied Sciences. Switzerland,
2012.
[10] S. Franke, M. Vogel, M. Lehmann, F. Sauser, Mechanische Eigenschaften von Buchenbrettschichtholz, Research Report, Bern University of Applied
Sciences, Switzerland, 2014.

WCTE 2016 e-book | 635

TIMBER TRUSSES MADE OF EUROPEAN BEECH LVL
Peter Kobel1, Andrea Frangi2, René Steiger3
ABSTRACT: This paper presents an experimental and analytical investigation on the application of laminated veneer
lumber (LVL) made of European beech wood (fagus sylvatica L.) in timber truss structures. Particular focus is laid on
developing improved design approaches for dowel-type connections and on promoting ductile failure behaviour, as the
connections in timber trusses are generally governing the performance of the whole structure. Embedment tests were
carried out in order to assess the embedment strength values for beech LVL, which are necessary to design dowel-type
connections. The results showed higher values for beech LVL, as compared to estimations using existing formulas from
design codes. A series of tensile connection tests showed that, using cross-layered beech LVL, ductile dowel-type
connections with high load-carrying capacities can be designed, given that premature brittle failures are prevented.
Lastly, tests on full truss structures confirmed that the favourable behaviour of dowel-type connections in cross-layered
beech LVL can be implemented in truss systems, improving the global behaviour of the whole structural element.
KEYWORDS: European beech wood, laminated veneer lumber, LVL, dowel-type connections, truss structures

1 INTRODUCTION 123
In Switzerland and other European countries beech wood
(fagus sylvatica L.) is available in large quantities. But
despite its higher strength and stiffness properties as
compared to softwood species, beech wood nowadays is
almost entirely used for energetic purposes or nonstructural applications (e.g. in the wood furniture
industry). A current research project at ETH Zurich and
Empa aims at developing sustainable, innovative and
reliable timber structures using Laminated Veneer
Lumber (LVL) made of beech wood. The industrialised
process in the production of beech LVL and the
homogeneity due to the assembly of thin rotary-peeled
veneers ensure a material with controllable and very
reliable strength and stiffness values, and an improved
dimensional and form stability. Thus, LVL made of
beech wood has a great potential for applications in high
performance structural elements, for instance in large
span truss structures.
A common limiting factor for timber truss structures is
that the connections are often governing the design of
the whole structure. In order to achieve a sufficient loadcarrying capacity in the connections, oftentimes rather
complex and expansive joints have to be designed,
which in turn can lead to overdesigned timber members.
This can impose technical and economical limits to
solutions for truss structures in timber.

The presented project focuses on developing more
efficient dowel-type connections by applying beech
LVL. Dowelled as well as bolted steel-to-LVL
connections are investigated. Furthermore, the project
aims at developing timber trusses with an improved
performance and an efficient use of material. The loaddisplacement behaviour of LVL trusses shall be
improved by introducing ductility in the connections, in
order to achieve a ductile behaviour of the whole truss
system.
1.1 BEECH LVL
In several studies [1-5] the potential of beech wood for
practical applications has been investigated and
confirmed. Beech LVL has so far mainly been used in
the manufacturing of furniture and other non-structural
applications. However, there have been recent efforts to
promote beech LVL for structural purposes [6, 7],
highlighting its favourable mechanical properties.
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Figure 1: Cross-sectional layout of beech LVL with 23% of
cross-layers.
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LVL is made up of rotary-peeled beech veneers
(commonly 2 - 4 mm thick), which results in a very
homogeneous material without significant local defects
(Figure 1). Using beech veneers leads to significantly
higher strength values, as compared to softwood, and
increases the density to around 730 kg/m3 [8]. The
material used in this study consists of LVL with veneers
predominantly oriented in the longitudinal direction.
Additionally, a varying percentage of cross-layers (0 23%) was included in order to provide dimensional and
form stability when subjected to moisture changes, and
to alter the anisotropic distribution of the strength values.
For dowel-type connections, the main benefit of the
cross-layers is the significant enhancement of the tensile
strength perpendicular to the grain, as it counteracts
premature splitting failures, which commonly limit the
performance of such connections.
Table 1: Material properties of beech LVL based on
manufacturer’s data [8].
Material
properties
[N/mm2]
fm,0,k
ft,0,k
ft,90,k
E0,mean

Beech LVL
Spruce or pine LVL
(ρmean=730 kg/m3)
(ρmean=480 kg/m3)
No cross- Cross-layers No cross- Cross-layers
layers
(~23%)
layers
(~23%)
73.8
66.8
50
36
72
43.3
38
27
1.6
24.5
0.8
6.0
16’800
13’800
13’800
10’500

1.2 DESIGN OF DOWEL-TYPE CONNECTIONS
ACCORDING TO EUROCODE 5
The prevailing design approach for dowel-type
connections is based on Johansen’s yield theory [9],
which assumes an ideally rigid-plastic behaviour of steel
and of timber (when subjected to embedment stresses).
The load-carrying capacity is calculated by applying
equilibrium conditions to different failure modes, which
combine embedment failure in timber with bending
deformations in the fasteners. Many current design
codes, such as Eurocode 5 (EC5) [10], have adopted this
approach. Additional design criteria are used to prevent
premature failures, which are not covered by Johansen’s
theory: Requirements regarding spacing and edge and
end distances of the fasteners as well as a reduction
factor for connections with multiple fasteners in a row
were introduced to prevent splitting of the timber along
the grain and plug shear failure. Additionally, depending
on the type of fastener, a rope effect can be taken into
account, limited to a value described as a percentage of
the load-carrying capacity according to Johansen’s
model (e.g. 25% for bolts, 0% for dowels).
The design rules have been developed primarily for
softwood solid timber and glulam. For beech LVL, their
validity still has to be verified.
In EC 5 the embedment strength fh is given as a linear
function of the dowel diameter d and the characteristic
value of wood density ρk:

f h,0,k = 0.0082 (1  0.01 d )  rk
for timber and LVL loaded in grain direction, and

(1)

f h,0,k = 0.11 (1  0.01 d )  rk

(2)

for plywood loaded in any direction.
The yield moment in the plastic hinges in dowels and
bolts can be estimated as:

M y,Rk = 0.3  fu,k  d 2.6

(3)

where fu,k is the ultimate tensile strength of the steel.
Figure 2 shows the relevant failure modes for the
configurations of connections subject of this study.
Slotted-in steel plate

(Ia)

(IIa)

Outer steel plates

(IIIa)

(Ib)

(IIIb)

Figure 2: Failure modes based on Johansen’s yield theory [9]
for dowel-type connections with slotted-in steel plates and
outer steel plates as given in EC 5 [10]. (I) Embedment failure,
(II) combined failure, (III) bending failure of the fastener. t1, t2:
thickness of timber members.

The design equations for the failure modes depicted in
Figure 2 according to EC 5 are:
(Ia)

Fv,Rk = f h,1,k  t1  d
⎡

⎤ F
1⎥ + ax,Rk (5)
f h,1,k t  d ⎦⎥
4
⎣⎢
F
(6)
Fv ,Rk = 2.3 M y , Rk  f h ,1,k  d + ax , Rk
4

(IIa) Fv ,Rk = f h,1,k t1  d  ⎢ 2 +
(IIIa)
(Ib)
(IIIb)

(4)

4 M y ,Rk
2
1

Fv,Rk = 0.5 f h,2,k t2  d

Fv , Rk = 2.3 M y ,Rk  f h , 2,k  d +

(7)

Fax ,Rk
4

(8)

When designing multiple fastener connections, the
reduction factor nef taking into account the number of
fasteners n in a row, given in EC 5 has to be applied:

⎧

Fv,ef ,Rk = nef  Fv,Rk with nef = min ⎪⎨
⎪⎩

n
n 0.9  4

a1
13d

(9)

where a1 is the spacing between the dowels in grain
direction.
1.3 DESIGN OF TRUSS STRUCTURES
In an ideal truss structure the members are assumed to be
interconnected by pin joints that transmit no bending
moments, and the load is assumed to be introduced only
at the joints. Accordingly, the members and the
corresponding connections are only subjected to normal
forces. In real timber truss structures, however, the
chords are usually continuous through several joints, and
the bending moments in the joints cannot be neglected.
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Accordingly, the resulting bending moments and shear
stresses have to be taken into account in the design, as
generally, due to the anisotropic and brittle nature of
wood, timber members and connections in particular are
very sensitive to deviations of the resultant stresses from
the grain direction.
EC 5 provides two approaches for the design of trusses:
Generally, the occurring bending moments have to be
taken into account, and in order to accurately assess the
stress levels, the combined bending and axial stresses
have to be verified. This approach, however, requires
adequate values for the rotational and axial stiffness of
the connections, which are not generally available and
can be difficult to accurately estimate.
Alternatively, EC 5 allows a simplified analysis, where
an ideal truss structure is assumed and bending moments
can be neglected. Instead, the tensile and compressive
stress ratios as well as the connection resistance shall be
limited to 70%. This approach does indeed provide a
simple and straightforward design alternative. However,
substituting a detailed analysis for a global reduction
factor means that this factor has to be chosen
conservatively, in order to ensure a safe design.
Consequently, the simplified approach in many cases
will lead to overdesigning of the structure and hence, to
uneconomic solutions.

2 EXPERIMENTAL INVESTIGATIONS
2.1 EMBEDMENT TESTS
In order to determine the embedment strength (fh) of
LVL made of beech wood a series of 80 tensile
embedment tests was carried out according to the
procedure described in test standard EN 383:2007 [11].
In these tests the influence of different dowel diameters
(d = 8 – 20 mm), cross-layer percentages in LVL
(0/14/23%), and the end distance of the dowel (l3 =
7d/5d/3.5d) was studied.
According to EN 383 the embedment strength can be
calculated as follows:

f h ,EN 383 =

{F =5 mm ; Fmax }
d t

(10)

In Equation (10) the load is determined either as the
maximum load Fmax or the load at a displacement of
5 mm (FΔ=5mm), if Fmax is not reached earlier. This load is
then divided by the projected contact area between
dowel and timber. In solid timber and glulam Fmax is
usually reached before the 5 mm threshold displacement.
As cross-layered beech LVL showed a much more
ductile behaviour, reaching Fmax at displacements way
higher than 5 mm, the maximum embedment strength
values fh,max were calculated as well, considering only
Fmax:

f h ,max =

Fmax
d t

(11)

The results (Figure 3) show that the mean embedment
strength values for cross-layered beech LVL are higher
than the values estimated according to the available
formulas in EC 5.

Figure 3: Embedment strength fh: Comparison of test results
and expected values acc. to EC 5 design rules.
fh (mean values) determined acc. to EN 383. ○: 23% crosslayers; x: 14% ◊: 0% c.-l.; ○×◊: fh,EN383; ○×◊: fh,max.
fh acc. To EC 5: solid timber: Eq. (1), plywood: Eq. (2).

2.2 CONNECTION TESTS
A series of tensile tests on a total of 71 specimens with
full dowel-type connections was carried out according to
EN 1380:2009 [12] and EN 26891:1991 [13]. This series
included dowelled connections with one and two slottedin steel plates as well as bolted connections with outer
steel plates (concepts as shown in Figure 4). The dowels
and the steel plates were of steel quality S355 (fu,k = 510
N/mm2) and the bolts were of quality 8.8 (fu,k =
800N/mm2). The main parameters investigated in the
experiments were the cross-layer percentage, the number
of fasteners in a row and the spacing of the fasteners.

(A)

(B)

(C)

Figure 4: Schematics of tested connections (shown for two
fasteners in a row): (A), (B) – dowelled; (C) – bolted.

Selected test results are used to illustrate the main
findings. Figure 5 compares the theoretical estimates
according to Johansen’s yield theory to test results for
type (B) connections with only one row of fasteners, in
order to exclude potential group effects. Using the values
for fh,EN383 obtained from the embedment tests and
assuming a mean value of fu,m = 1.25 fu,k (based on data
from [14]), a good agreement between the predictions
and the test results was observed. Figure 6 illustrates
how the ductile behaviour of cross-layered beech LVL
allows the designated failure mode II to fully develop,
leading to a favourable ductile behaviour of the
connections. For bolted connections in cross-layered
LVL significantly higher load-carrying capacities than
predicted by EC 5 were reached (Figure 7), due to a very
pronounced rope effect, which by far exceeds
contribution of the rope effect allowed for in EC 5
design equations.
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risk of premature splitting failures along the grain. This
kind of group effect is reduced by the cross-layers, as
they provide the LVL material with enhanced strength
values perpendicular to the grain. Figure 8 shows
exemplarily how the behaviour of the connections is
improved by the cross-layers, both in terms of loadcarrying capacity and ductility. In connections without
cross-layers premature splitting failures occurred (as
shown in Figure 6, top), whereas in the cross-layered
specimens the designated failure modes could further
develop. In Figure 9 the predicted group effect according
to EC 5 is compared to the test results, showing that with
cross-layered test specimens this effect was reduced.

Figure 5: Load-displacement behaviour of one row dowelled
connections (A) in beech LVL with 0% (light) and 14% (dark)
cross-layers.
-- EC 5 predictions for mode II (light: 0%, dark: 14%) with
fh,EN383 from tests .

Figure 8: Example of load-displacement behaviour of
dowelled connections (A) in beech LVL with different crosslayer percentages (two dowels in a row and reduced spacing).

Figure 6: Failed one row dowelled connections (A) designed
to fail in mode II. Top: 0% cross-layers; bottom: 14% crosslayers.

Figure 9: Reduction factor kred = nef/n for EC 5 spacing
patterns (a1=5d). Comparison of test results with EC 5
approach from Eq. (9) (solid line). Dowelled connections (A):
◊: 0% c.l.; ×: 14%. Bolted connections: +: 21% c.-l.

2.3 TEST SERIES ON TRUSS STRUCTURES
Figure 7: Load-displacement behaviour of one row bolted
connections (C) in beech LVL with 21% cross-layers.
-- EC 5 prediction for mode III with fh,EN383 from tests.

The beneficial effect of the cross-layers is particularly
marked in connections with multiple fasteners in a row,
where superimposed stresses distinctively increase the

2.3.1 Specimens and test setup
A series of three-point bending tests on full-scale truss
structures was carried out in order to implement and
verify the findings of the embedment and connection
tests on the structural level. The goal was to achieve an
activation of ductility in the connections, in order to
improve the load-displacement behaviour of the truss
system and to reach a ductile failure of the truss.
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The test series included a total of 10 warren truss
specimens with a span of 4.80 m and a static height of
0.90 m. Both beech LVL with 14% cross-layers and
LVL without cross-layers was investigated in different
specimens.
The load was applied according to the loading protocol
described in EN 26891:1991 [13]. Figure 10 shows the
test setup. In-plane, the hydraulic cylinder provided a
laterally fixed support through friction, allowing roller
supports to be placed on both ends of the span. The outof-plane stability was ensured by additional lateral
restraints.

measuring relative displacements within the specimen.
This kind of relative measurement was used in particular
to record the behaviour of the connections during the
test. The positioning of LEDs for measuring such a
relative displacement within a connection is displayed in
Figure 11.
Three different types of connections were investigated
(Figure 12). As it was intended to study the behaviour of
dowel-type fasteners in a full-scale truss system, the
connections of the tensile as well as the compressive
diagonals were designed with a gap of 20 mm between
the members, in order to avoid the force to be transferred
via contact between the LVL members instead of a
transfer via the dowel-type connections. The connections
were designed using the embedment strength values
fh,EN383 obtained from the embedment tests described in
2.1 in order to predict the failure modes. Steel plates and
dowels were of steel quality S355 and bolts were of
quality 8.8. The spacing dimensions were chosen in
accordance with EC 5 design rules.

Figure 10: Test setup for three point bending tests on truss
structures made of beech LVL. Load F introduced through
hydraulic cylinder at mid-span.

The deformations were measured by means of the optical
measuring system NDI Certus HD, which uses a set of
three cameras to track the position of LEDs placed on
the specimens, recording three-dimensional coordinates
for every LED with an accuracy in the order of 0.01 mm.
Additionally, an LVDT was placed at mid-span next to
the load transfer point of the cylinder as a control
measurement.

Figure 12: Types of connections investigated in truss tests:
top: dowelled connections with one slotted-in steel plate (type
T1); middle: bolted connections with outer steel plates (type
T2); bottom: dowelled connections with nuts and one slotted-in
steel plate. All connections were designed to fail in mode III
type failure (see Figure 2) in the diagonals.
Figure 11: Positioning of LEDs in order to measure relative
displacements in the connections within a truss specimen with
dowelled connections.

For each test, a total of 48 LEDs were placed on the
specimen.
This
allowed
measuring
absolute
displacements at various points in the truss, as well as

2.3.2 Results
Figure 13 shows the load-displacement behaviour of the
specimens based on measurements of the mid-span
displacements.
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Figure 13: Load-displacement behaviour of truss specimens
tested in three-point bending. Labelling of specimen types: T1,
T2, T3: Type of connection as described in Figure 12. Labels
‘0’, ‘14’: Cross-layer percentage [%] in the LVL.

The results show that the cross-layered specimens
consistently displayed a more favourable behaviour as
compared to the reference tests performed on specimens
without cross-layers. The main reason being that in
cross-layered LVL the connections exhibited a more
robust and ductile behaviour. As established in the
connection tests (see 2.2), connections in cross-layered
LVL are generally less susceptible to premature splitting
failures, due to the significantly improved strength
values perpendicular to the principle grain direction.
Moreover, the connections are less sensitive to
deviations of the resultant force from the member axis,
which additionally promote these premature failures. In
truss systems, these force deviations occur due to the
effectively existing bending resistance of the connections
(see 1.3), i.e. the joints actually are not pin-type but
rather exhibit certain rigidity.

The specimens with dowelled connections (type T1) and
no cross-layers (T1-0), failed due to splitting in the
connections of the diagonals (Figure 14), resulting in a
rather brittle behaviour. Type T1-14 uses the exact same
amount of material, but 14% of the veneers in the LVL
are positioned as cross-layers. Thus, splitting failures
were prevented and higher deformations and loads were
reached. However, at large deformations, the inclination
of the dowels failing in mode III caused deviating forces
that ultimately lead to an “opening” failure as shown in
Figure 15 (left). In type T3-14, the dowels were
additionally equipped with nuts in order to prevent these
opening failures. As a result, the ductility and loadcarrying capacity of the truss was further enhanced. The
designated failure mode III could fully develop, along
with a rope effect, which positively contributed to the
load-carrying capacity as well as the stiffness, as can be
seen in Figure 13. Ultimately, a combined shear and
tensile failure of the fasteners occurred (Figure 15,
right).
The bolted connections in cross-layered LVL (T2-14)
also showed a significant rope effect and a ductile
behaviour, as compared to the reference tests (T2-0)
without cross-layers. The rope effect led to a steady
increase in load even after plastic hinges in the fasteners
were formed, ultimately resulting in a net section failure
in the tensile chord of the trusses (Figure 16, bottom).
Accordingly, in this case the full ductile deformation
capacity of the connections could not be activated.
Figures 17 to 20 display the load-displacement
behaviour of the connections between the diagonals and
the chords within the truss specimens. Figure 17 shows
the behaviour of dowelled connections in a specimen
without cross-layers (T1-0), where after an initial linearelastic phase, a decrease in stiffness indicates the
transition into a phase of plastic deformation. However,
a sudden connection failure as depicted in Figure 14
occurred, before more marked levels of plastic
deformations were reached.

Figure 14: Premature splitting failure in compressive diagonal
of specimen type T1-0.

Figure 15: Left: Opening failure in tensile diagonal of
specimen type T1-14. Right: Combined shear and tensile
failure of fasteners in compressive diagonal of specimen type
T3-14.

Figure 16: Failures of truss specimens type T2. Top: splitting
failure in specimen of type T2-0; bottom: net section failure in
tensile chord in specimen of type T2-14.
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In contrast, the dowelled connections in cross-layered
specimens developed an extensive plastic phase and
reached high displacements at failure. The diagram in
Figure 18 shows the behaviour of dowelled connections
with nuts applied in specimens T3-14. It can be seen that
the ductile deformation capacity could be activated in all
12 connections of the truss, indicating a low scatter in
the behaviour of the individual connections. The nuts
help increasing the stiffness in the linear-elastic phase,
but their main function is to prevent opening failures as
exemplarily shown in Figure 15 (left). Additionally, the
contribution of the continuously developing rope effect
increases at higher displacements, which is the reason
that the load can be further increased even after the
plastic failure mode in the dowels has formed.

however, a brittle splitting failure occurred at the end of
the linear elastic phase, as shown in Figure 16 (top).
In the cross-layered specimen (Figure 20), higher
displacements were reached and the load could be
further increased due to the rope effect. It should be
noted that in this case a net section failure in the tensile
chord occurred, and thus the connections did not reach
the desired ductile limit state.
The test results show that the ductile behaviour of
dowel-type connections in cross-layered beech LVL can
be successfully implemented in full-scale truss systems,
and brittle failures in the connections can be excluded.
The overall behaviour of the truss is improved, providing
a more robust and predictable behaviour of the structural
system.

Figure 17: Relative displacements of all 12 diagonal
connections (dowelled) in a specimen of type T1-0.
Compressive (grey) and tensile (black) connections.
×: Connection failure (splitting) as in Figure 14.

Figure 19: Relative displacements of all 12 diagonal
connections (bolted) in a specimen of type T2-0.
Compressive (grey) and tensile (black) connections.
×: Connection failure (splitting) as in Figure 16 (top).

Figure 18: Relative displacements of all 12 diagonal
connections (dowelled with nuts) in a specimen of type T3-14.
Compressive (grey) and tensile (black) connections.
×: Connection failure (of fasteners) as in Figure 15 (right).

Figure 20: Relative displacements of all 12 diagonal
connections (bolted) in a specimen of type T2-14.
Compressive (grey) and tensile (black) connections.
No connection failure, but net section failure in tensile chord
as in Figure 16 (bottom).

Figures 19 and 20 show the behaviour of the bolted
connections in specimens of type T2-0 and T2-14. In
both cases the ductile failure mode III and a rope effect
were designated to constitute the load-carrying capacity.
In the specimens without cross-layers (Figure 19),

3 CONCLUSIONS
The experimental investigations have confirmed that the
favourable material properties of beech LVL are
reflected in the performance of the connections and can
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be used to improve the behaviour of structural elements
such a trusses:
The mean embedment strength values obtained in beech
LVL with cross-layers are significantly higher compared
to corresponding values expected for solid Norway
spruce and beech timber.
Given minimum requirements regarding cross-layer
percentage in the LVL and fastener spacing are met, very
ductile connections with high load-carrying capacities
can be designed. Premature splitting failures can be
prevented, allowing the designated failure modes
according to Johansen’s yield theory to fully develop and
thus higher loads and displacements are reached at
failure. However, in order to activate the full ductile
deformation capacity of the connections, opening
failures due to deviating forces of inclined fasteners have
to be prevented. This can be achieved by equipping
dowels with nuts or using bolts. As thereby the
withdrawal resistance of the fasteners is increased, a
rope effect can develop, which results in an additional
substantial increase of the load-carrying capacity.
The presented test series on full-scale truss structures
made of European beech LVL shows how highperforming dowel-type connections can be implemented
in truss structures, in order to reach high load-carrying
capacities and a ductile behaviour. The continuation of
the project will contribute to an improvement in design
approaches for dowel-type connections in beech LVL
and to their implementation in truss structures.

REFERENCES

[1] Egner K., Kolb H. 1966: Geleimte Träger und
Binder aus Buchenholz. Bauen mit Holz 68(4): 147154.
[2] Gehri E. 1980: Möglichkeiten des Einsatzes von
Buchenholz für Tragkonstruktionen. Schweizer
Bauwirtschaft 79(56): 14-18.
[3] Glos P., Lederer B. 2000: Sortierung von Buchenund Eichenschnittholz nach der Tragfähigkeit und
Bestimmung der zugehörigen Festigkeits- und
Steifigkeitskennwerte. Holzforschung München, TU
München.
[4] Blass H.-J., Denzler J. K., Frese M., Glos P.,
Linsenmann P. 2005: Biegefestigkeit von
Brettschichtholz aus Buche. Band 6 der Reihe
Karlsruher Berichte
zum Ingenieurholzbau.
Lehrstuhl für Ingenieurholzbau und Baukonstruktionen. TU Karlsruhe.
[5] Schmidt M., Glos P., Wegener G. 2010: Verklebung
von Buchenholz für tragende Holzbauteile.
European Journal of Wood and Wood Products,
68:43–57.
[6] Knorz M., van de Kuilen J.-W. 2012: Development
of a high-capacity engineered wood product - LVL
made of European Beech (fagus sylvatica L.). In
Proc. of the 12th World Conference of Timber
Engineering, pp. 487-497, Auckland, NZ.
[7] Dill-Langer G., Aicher S. 2014. Glulam Composed
of Glued Laminated Veneer Lumber Made of Beech
Wood: Superior Performance in Compression
Loading. In: Aicher S., Reinhardt H. W., Garrecht

H. (eds.) Materials and Joints in Timber Structures.
Springer Netherlands.
[8] Van de Kuilen, J.-W., Knorz, M., Prüfbericht Nr.
10511: Ergebnisse der Zulassungsversuche für eine
‚allgemeine bauaufsichtliche Zulassung‘ (abZ) von
Furnierschichtholz aus Buche, 2012, Technische
Universität München (TUM), Germany.
[9] Johansen, K. W. 1949: Theory of Timber
Connections, IABSE, Publication No. 9, Bern,
Switzerland, pp. 56-69.
[10] DIN EN 1995-1-1:2010-12. Eurocode 5: Design of
timber structures - Part 1-1: General - Common
rules and rules for buildings, DIN German Institute
for Standardization.
[11] DIN EN 383:2007. Timber Structures - Test
methods - Determination of embedment strength and
foundation values for dowel type fasteners, DIN
German Institute for Standardization.
[12] DIN EN 1380:2009. Timber structures - Test
methods - Load bearing nails, screws, dowels and
bolts, DIN German Institute for Standardization.
[13] EN 26 891:1991. Timber structures; joints made
with mechanical fasten-ers; general principles for
the determination of strength and deformation
characteristics (ISO 6891:1983), CEN European
Committee for Standardization.
[14] Erchinger, C. et al. 2006: Versuche an
mehrschnittigen Stahl-Holz-Stabdübelverbindungen
und Rillennagelverbindungen bei Raumtemperatur
und Normbrandbedingungen. IBK Bericht, 293.

WCTE 2016 e-book | 643

GLUED-IN RODS IN HARDWOOD AND HARDWOOD LAMINATED
VENEER LUMBER–REPORT ON A LARGE EXPERIMENTAL CAMPAIGN
Till VALLÉE1, Oliver BLETZ-MÜHLDORFER2, Sebastian MYSLICKI3, Cordula
GRUNWALD4, Frank WALTHER5, Leander BATHON6
ABSTRACT: Glued-in rods are to be considered a main research field within timber engineering. While there are still
many open questions, significant progress has been achieved with regard to steel bars embedded in softwoods. This
paper ambition is extending the knowledge about glued-in rods towards hardwood and hardwood laminated veneer
lumber, respectively, towards the use of G-FRP bars therein. For that purpose, an extensive experimental campaign was
documented, starting from the extensive characterization of the timber, adhesive, small scale specimens to identify
suitable adhesive, and concluded by full-scale specimen tests. The study will allow, by providing a coherent set of
material parameters, for hardwood, a much better comparison of existing joint capacity methods of previously
developed for softwood.
KEYWORDS: Hardwood, Laminated Veneer Lumber, Glued in rods, G-FRP

1 INTRODUCTION

123

Glued-in rods represent an increasingly considered joint
type that offers a series of advantages if compared to
traditional fastening; among the advantages are increased
strength and stiffness, better fire resistance, and
architecturally appealing details [1–3].
Although different failure modes for axially loaded
glued in rods can be distinguished, namely
- shear along the rod,
- tensile failure of the wood member,
- shear block failure in the wood member,
- cracking or splitting of the wood member,
- and failure of the steel rod,
most research regarding predicting the behaviour (and in
fine joint capacity) focused onto the shear failure of the
timber.
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Parameters involved in the determination of joint
capacity fall in three main categories:
- Geometry of the joint, including rod diameter d,
embedment length ℓ, dimensions of the timber
member, often combined in form of slenderness ratios
λ = d/ℓ;
- Material properties related to the adhesive, timber and
less frequently investigated rod material;
- Boundary conditions, among them spacing of the rods,
edge distance, glue-line thickness etc.
Based thereupon, a series of proposals to predict the
capacity of glued-in joints have been developed, the
most important being summarized and compared in [4].
However, most research has been gathered on steel rods
glued in softwoods. Since hardwood, including
laminated veneer lumber (LVL), is increasingly being
used, and glass fibre reinforced polymers (G-FRP) are
increasingly considered as a substitute for metallic bars,
there is a need for additional experimental insights; this
paper aims to fill some gaps.

2 MATERIALS AND METHODS
2.1 Materials
2.1.1 Timber and engineered timber
Two different hardwood types increasingly being
considered for structural applications have been
considered herein: beech (Fagus Sylvatica) and oak
(Quercus Robur). Beech and oak were used in form of
clear timber samples, if considered at small scales, and
glued-laminated timber (GLT) for large scale specimens;
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besides the aforementioned, samples made of beech
laminated veneer lumber (LVL) were tested.
2.1.2 Adhesives
A total of nine different cold curing 2 component
adhesives were considered. At this stage of the project
some manufacturers asked to disclose the product name,
for which reason all adhesives are listed with placeholder
names through the paper. Adhesives are thus labelled
Adh x, with x running from 1 to 9.
2.1.3 Rods
Three different types of rods were used, threaded steel
bars 8.8, RC re-bars (BSt500), and G-FRP bars. Two
different diameters were considered: on the small scale,
rods with a nominal diameter of ØS = 4 mm and at the
large scale ØL = 12 mm, respectively.
2.2 Characterization of materials
2.2.1 Timber and engineered timber
Beech, oak and LVL was mechanically characterized
through tensile tests according to DIN 52188, cf.
Figure 1. However, besides testing along the grain
(θ = 0°), tests were also carried out with the grain
aligned by 10°, 45°, and 90°. Before testing the
specimens were stored under constant climate
(21–23 °C, 41–44 %) for at least 10 days. All tests were
carried out under these laboratory conditions.

layers of adhesive were placed between two Ø = 25 mm
oscillating (1 Hz, 23 °C) steel plates.
2.3 Characterization of the bonded connection
2.3.1 Lap shear tests
All adhesives were tested in combination with clear
beech and oak in form of standard lap shear tests
(overlap: 12.5 mm, adhesive thickness: 1.0 mm)
according to EN 302 tested under laboratory conditions.
Five samples of each combination were manufactured,
and subsequently tested in traction (𝑑̇ = 10 mm/min)
after the adhesives had fully cured (times according to
the respective technical data sheets).
2.3.2 Small scale glued in rods
All considered adhesives were tested in combination
with beech, oak, and LVL in form of small scaled gluedin-rods specimens. Herein, only results involving RC rebars will be presented. The sample geometry is depicted
in Figure 2; it consists of blocks of timber with a
quadratic cross section (30 x 30 mm²) in which holes
(Ø = 6 mm, which is the diameter of the rods + 2 mm
adhesive layer) where drilled up to a depth of 40 mm for
the rods to be inserted, and glued.
As for the lap shear tests, adhesives were left to cure for
at least the time specified in the respective technical
datasheets; tests were replicated five times, and were
carried out in displacement control (𝑑̇ = 3 mm/min)
under laboratory conditions.

Figure 1: Tensile tests according to DIN 52188 carried
out on beech, oak, and LVL (left: dimensions, right: in
the testing machine)
2.2.2 Adhesives
All adhesives were characterized mechanically, in form
of tensile tests on samples according to EN ISO 527-1.
Three samples of each were tested, at a displacement rate
of 𝑑̇ = 1 mm/min. Then, all adhesives were subjected to
a dynamic-mechanical-analysis (DMA) using samples
sized 17.5 x 10 x 4 mm³. Finally, the viscosity of all
adhesives during the first 60 min of their curing was
experimentally determined using a rheometer: 0.5 mm

Figure 2: Small scale glued-in-rods (left: dimensions,
right: in the testing machine)
2.3.3 Large scale glued in rods
At this stage, the authors report on preliminary tests
carried out on beech GLT and beech LVL.
Corresponding timber samples exhibited cross-sections
of 80 x 80 mm², the adhesive used was the epoxy resin
Adh 8 and the used rods were M12-8.8 threaded steel
bars embedded 120 mm and 200 mm; the diameter of the
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Table 1: Summary of the adhesive characterization
Adhesive
designation
Adh 1
Adh 2
Adh 3
Adh 4
Adh 5
Adh 6
Adh 7
Adh 8
Adh 9

Tensile
strength
[MPa]
37.6±2.6
15.8±1.5
31.6±4.3
24.6±6.8
24.7±1.9
24.5±1.9
48.1±2.0
43.7±6.1
40.7±4.4

Glass
transition
Tg [°C]
53.0
68.7
54.9
36.7
44.3
49.5
47.8
51.7
53.3

Young’s
modulus
E [MPa]
5403
3699
3194
6317
2738
7796
2963
3327
6188

Storage modulus, E’ [MPa]
At –
At
At
20 °C
+24 °C
+80 °C
3891
3768
42.8
4319
3212
1166
3220
2557
28.5
4340
3533
14.1
2766
2322
3.6
5879
5226
25.7
2810
2509
12.4
2884
2595
14
4310
3788
30.9

E to E’ at
+24 °C
[%]
30.3
13.2
19.9
44.1
15.2
3.0
15.3
22.0
38.8

Shear strength [MPa]
On beech

On oak

7.8±0.5
4.9±0.6
10.4±1.2
8.2±2.5
7.8±1.3
11.3±1.0
12.9±0.4
10.1±0.7
9.5±1.5

8.6±0.2
4.4±1.1
9.2±1.3
6.1±1.0
7.5±0.9
9.5±0.3
10.5±1.2
8.9±0.6
8.5±0.5

borehole was set to 14 mm, such to allow for an adhesive
layer of 1 mm. The dimensions were set according to
DIN EN 1995-1-1/NA:2013–08. The specimen geometry
can be seen from Figure 3.

Figure 4: Test setup with a torque free clamping device

3 RESULTS
Figure 3: Large scale glued-in-rods geometry
All specimens were stored at least 10 days under
constant climate (21–25 °C and rel. humidity of 39–
44 %), as were all the tests.
Quasi-static tensile tests were performed on a servohydraulic testing machine (Instron 8802; Fmax =250 kN).
The test setup can be seen from Figure 4. The wood rod
is fixed on a fork like clamping device. A steel rod is
fixed at the end of the fork and goes through the bore
hole of the specimen. Therefore the specimen can be
fixed without an appearance of bending moment.
Based on these pre-tests, the authors are in the process of
performing additional tests on large scale glued-in-rods
involving the very same combinations of timber,
adhesives, and Ø 16 mm rod-types presented in 2.1.3,
featuring 120 x 120 mm² cross sections and an
embedment length of 160 mm (which is 10 times the rod
diameter).

3.1 Materials
3.1.1 Timber and engineered timber
The mechanical characterisation of the timber,
performed via tensile tests under different angles with
regard to the grain (0°, 10°, 45°, and 90°). Accordingly,
material strength was characterised with regard to
orthotropy. For a more convenient representation, timber
strength was modelled into Hankinson’s model:

𝜎=

𝜎0° ∙ 𝜎90°
𝑛
𝜎0° ∙ 𝑠𝑖𝑛 (𝜃) + 𝜎90°

∙ 𝑠𝑖𝑛𝑛 (𝜃)

Corresponding parameters σ0, σ90, and n were fitted. In
Figure 5 one example for the Hankinson fit is shown for
beech wood, where five tensile tests were performed for
each grain orientation. Table 2 shows the results for
beech, oak and beech glued-laminated timber with the
resulting parameter n for Hankinson fit.
It can be seen that beech wood reaches the highest
tensile strength. The tensile strength of oak and beech
glued-laminated timber range significantly below — the
statistical spread lays within values reported in literature.
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Figure 5: Tensile tests on beech wood in 0°, 10°, 45°
and 90° wood fibre direction and resulting
approximation according to Hankinson
Table 2: Tensile strength for beech, oak and beech
glued-laminated timber with resulting parameter n for
Hankinson fit

0°

Tensile strength [MPa]
Beech
Oak
LVL
136.6±18.5 108.7±9.6
104.8±20.4

10°

107.9±11.2

58.6±4.4

55.0±7.8

45°

17.0±1.4

3.6±1.6

5.3±1.7

90°

8.2±0.8

7.5±0.3

1.8±0.9

n

2.3

1.6

2.4

Fibre direction

Adhesives
Mechanical testing of the adhesives yielded in loaddisplacement curves, from which two are exemplarily
depicted in Figure 6. Test results allowed determining
the Young’s modulus of all adhesives, as well as their
tensile strength (Figure 7); corresponding mechanical
data is listed, with other properties, in Table 1.
Dynamic-mechanical
testing
yielded
in
the
characterisation of adhesive properties in the temperature
range –50 °C to +150 °C; in particular did it allow
determining the glass transition temperature, Tg.
A typical, randomly chosen, curve is depicted in Figure
8. All experimentally determined results are summarized
in Table 1, which also includes tensile strength, glass
transition temperature, and Young’s modulus of all
adhesives.
Finally, rheometry allowed experimentally tracking the
evolution of viscosity of all adhesives in the first 60
minutes of their curing — a timeframe considered
relevant for practical applications onsite.
Experimental results basically revealed three distinct
groups of adhesives, shown in Figure 9: The first group
of adhesives show only slowly increases of viscosity,
which remains largerly unchanged withing the first 60
minutes; a second group significantly increasing its
viscosity within the first hour of curing, and a third
group (actually one adhesive) that polymerises within
minutes, that it falls outside the scope of rheometry.

Figure 6: Load-displacement curves of two randomly
selected adhesives

Figure 7: Tensile strength of the tested adhesives —
refer to section 2.1.2 for the adhesive nomenclature,
ranked from Adh 1 to Adh 9
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Figure 8: Dynamic-mechanical analysis of a randomly
chosen adhesive
Figure 10: Traction tests on the small scale rods
3.2 Bonds

Figure 9: Results of the rheological characterisation of
all adhesives, indicating three basic groups of adhesives
Rods
Tensile tests performed on the rods, with corresponding
representative load displacement curves depicted in
Figure 10, revealed that: the G-FRP bars exhibit a brittle
failure at a load of 14.0 kN; that the RC re-bars fail, as
expected in a ductile way at a load of 11.4 kN; and that
the 8.8 rods exhibit a plasticity less pronounced, if
compared to the re-bars, at a load of 6.6 kN.

3.2.1 Lap shear tests
Lap shear tests allowed the determination of lap shear
strength as a proxy of the capacity of each adhesive to
bond on beech and oak. Because displacements were
gathered by the UTM, corresponding rigidity is a poor
metric for the characterisation of the adhesive shear
stiffness — nevertheless, one randomly selected loaddisplacement curve is presented in Figure 11. Besides
lap shear strength, failure pattern was scrutinised, and
fibre tear fractions classified in 5 classes: in steps of
25 % from 0 % for adhesive failure to 100 % for
adherent failure.
All results, for beech and oak, are summarized in Table
1. One, not surprising, finding is that lap shear strength
is positively correlated with fibre tear fraction, as
indicated in Figure 12. Additionally, lap shear strength is
potentially higher for beech bonded samples than for oak
— which remains coherent with the results summarized
in section 2.2.1, where beech exhibits higher mechanical
performance, if compared to oak.
3.2.2 Small scale glued in rods
All small scale glued-in-rods (i.e. combinations of beech,
and oak, with all adhesives listed in 2.1.2, and all

Figure 11: Randomly selected results of lap shear tests–with corresponding failure pattern; left: beech, right: oak
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Ø 4 mm-rod types listed in 2.1.3) were tested (5
replicates per configuration) in traction according to the
procedure outlined in 2.3.2. Because of the large variety
of individual specimens tested, only selected results will
be presented. A summary of joint capacities for all
adhesives is shown in Table 3 and Figure 13.
Failure modes divided almost equally between adhesion
failure along the rods, and splitting of the timber section
(despite the relatively high a/d-ratio of 7.5, which
according to codes would prevent splitting).

failure along the bars observed (Adh 2 and Adh 4), cf.
Figure 15.
Beech:
2x rod yielding,
3x adhesive at
rod
Oak:
5x adhesive
failure at rod
Beech-LVL:
2x splitting
timber, 3x
adhesive at rod

Figure 14: Small scale tests; M4-8.8 threaded bars
glued-in beech, oak, and beech-LVL [Adh 2]; left: joint
capacities, right: failure modes

Figure 12: Relationship between lap shear strength and
fibre tear fraction — all tested adhesives, ● beech, ■ oak
Testing the glued-in-threaded M4-8.8 bars yielded a
different result: for all but one adhesive (Adh2),
sufficient adhesion was built up to yield the threaded
bars. Joint capacities (average and standard deviations
are listed in Table 3) of Ø4 mm re-bars glued-in beech,
oak, and beech-LVL, are depicted for a randomly chosen
adhesive in Figure 14. Accordingly, all experimentally
determined joint capacities are relatively equal, as
depicted in Figure 16.
Glued in G-FRP on the other hand mostly failed through
splitting of the timber, regardless of beech, oak or beechLVL being considered; in a few instances was adhesive

Figure 15: Small scale tests; Ø4 mm G-FRP bars in
beech
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Figure 13: Small scale tests; Ø 4 mm re-bars glued-in beech, oak, and beech-LVL; all experimentally determined
joint capacities – refer to section 2.1.2 for the adhesive nomenclature ,ranked from Adh 1 to Adh 9

Figure 16: Small scale tests; M4-8.8 threaded bars glued-in beech, oak, and beech-LVL; all experimentally
determined joint capacities – refer to section 2.1.2 for the adhesive nomenclature, ranked from Adh 1 to Adh 9
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Adh.

Table 3: Joint capacities of the small scale glued-inrods—Ø 4 mm re-bars
Joint capacity [N]

Shear strength [MPa]

Beech

Oak

LVL

Beech

Oak

LVL

1

4762±951

5096±487

4731±590

6.32±1.26

6.76±0.65

6.27±0.78

2

5354±417

4724±494

4371±413

7.1±0.55

6.27±0.66

5.8±0.55

3

4972±944

3992±2278

4709±645

6.59±1.25

5.29±3.02

6.25±0.86

4

5385±580

5502±959

5535±198

7.14±0.77

7.3±1.27

7.34±0.26

5

6465±540

5900±511

6326±645

8.57±0.72

7.83±0.68

8.39±0.86

6

6900±748

5982±245

6111±1118

9.15±0.99

7.93±0.33

8.11±1.48

7

6474±640

5424±617

5638±198

8.59±0.85

7.19±0.82

7.48±0.26

8

3715±993

2554±409

2918±490

4.93±1.32

3.39±0.54

3.87±0.65

9

6652±568

5801±573

5879±343

8.82±0.75

7.69±0.76

7.8±0.45

3.2.3 Large scale glued in rods
Figure 17 presents the results of the tensile tests. The
tensile strength of the specimens with an embedment
length of la = 200 mm is approx. 82 kN. Joint capacity of
the specimens with an embedment length of la = 120 mm
is approx. 22 % smaller (63.5 kN).
Different damage mechanisms were observed: For
la = 200 mm the glued-in-rod breaks due to ductile
fracture. Necking of the steel rods due to yielding was
visible before fracture. Figure 17 shows that the yielding
occurs at approx. 75 kN.
The specimens with an embedment length of la =
120 mm show brittle fracture. Here the wood splits
around the adhesive. Figure 18 shows one example for
ductile fracture of the rod and brittle fracture of the
adhesive bond.
For the long embedment length, la = 200 mm, averaged
shear stresses at failure amount to 10.9 MPa at the rod,
and to 9.3 MPa at the adhesive-timber interface. The
failure mode was comparable to the one observed in the
small scale glued-in-rods tests, in which averaged shear
stress of 12.9 MPa at the rod, and 8.6 MPa at the
adhesive-timber interface were measured.
For the short embedment length, la = 120 mm, which
failed in the timber, corresponding averaged shear
stresses were 14 MPa at the rod, and 12 MPa at the
timber; the lap shear tests revealed a shear strength of the
adhesive on beech of 10.1 MPa.
Based on this first series of experiments, it appears that
the small scale glued-in-rods samples – which failed
similarly to the corresponding large scale specimen with
long embedment – are fairly good a predicting averaged
shear strength at failure: 9.3 MPa for the small,
compared to 8.6 MPa for the large specimen result in a
difference of a mere 10 %.
Similarly, for comparable failure modes, i.e. lap shear
tests and large scale glued-in-rods with a short
embedment length, i.e. averaged shear strength,
10.1 MPa vs. 12.0 MPa, differ by 20 %, which allows for
approximately predictions.

Figure 17: Force-strain-diagram of tensile tests of rod
reinforced hardwood specimens with embedment lengths
of la = 120 mm and la = 200 mm

Figure 18: Damage mechanisms observed in the large
scale tensile test — a) ductile fracture of the steel rod for
la = 200 mm, b) brittle fracture of the adhesive bond for
la = 120 mm

4 CONCLUSIONS
This report on a comprehensive experimental campaign
on glued-in-rods involved nine different adhesives, in
combination with hardwood (beech, oak, and LVL) in
addition to three different rod types (threaded steel bars,
RC re-bars, and G-FRP). All components have been
extensively characterized: for the adhesives, mechanical
characterization was completed by DMA and rheometry.
In a first set of experiments, the strength of the bond was
characterized at the level of (90 individual) shear lap
specimens, which allowed identifying the most suitable
adhesives in terms of adhesion on the timber. In a second
round of experiments, bond quality was tested on (more
than 400 individual) small scale glued-in-rods.
Subsequently, (more than 270 individual) large scale
glued-in-rods were tested — from which just one test
series has been presented herein.
The authors are aware that dimensioning of glued-inrods cannot be performed by simply multiplying shear
strength with corresponding bonded areas. In fact, the
ongoing discussion on appropriate design guidelines on
glued-in rods keep them currently outside the scope of
major timber engineering design standards — and the
struggle for an appropriate design rule, to cite Larsen [5],
is (still) a “sad story”.
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By the shear mass of experimental data — in particular
in the context of hardwoods for which such data in not
yet widely available, this paper provides practitioners
useful information regarding adhesion in general, and
glued-in-rods in particular. The research program, from
which these preliminary results are drawn from, aims to
contribute to develop a dimensioning method that takes
into account, besides geometry, mechanical data of
involved components. It is expected that considering a
large variety of material combinations, and extending the
material characterisation to all components, will shed
additional light onto the topic the performance and
predictability of glued-in-rods.
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MACHINE GRAIN ANGLE DETERMINATION ON SPRUCE, BEECH AND
OAK LUMBER FOR CONSTRUCTION USE
Philipp Schlotzhauer1, Fritz Wilhelms2, Christian Lux3, Susanne Bollmus4
ABSTRACT: This paper aims to sketch the preliminary research results on machine grain angle determination on
indigenous hardwoods. The system widely used for softwood grain angle determination (‘tracheid effect’) is only
restrictedly suitable for hardwoods. Therefore, systems like microwave scanning and electric field strength
measurement are being tested as well as the above mentioned ‘tracheid effect’ with optimized settings. The measured
grain angles are compared to visually determined splitting angles (reference angles). All three systems are able to
determine grain angles on spruce. For the hardwood species oak and beech the electric field strength measurements
show the least differences to the reference angles. With adjusted settings the used microwave measurement prototype is
expected to reach similar results.
KEYWORDS: Construction timber, electric field strength measurement, fiber angle, grading, grain angle, hardwood,
microwave scanning, sawn wood, tracheid effect

In the year 2011 the German annual fellings were made
up of about 75% coniferous lumber [1]. This contradicts
the availability of the resource. The results of the latest
German National Forest Inventory from the year 2015
show that German forests are at present stocked with
approximately 54% coniferous tree species and 43%
hardwood tree species. Hardwood forest area grew
around 7.3% from 2002 to 2012, while the softwood
forest area shrunk 4.3% in the same time period. This
trend is expected to continue in the next decades, since
Europe-wide new approaches to silviculture call for a
maximum increase of biodiversity in forests through the
creation of mixed forest stands [2]. Therefore, in the
future it will be necessary to use hardwood more
extensively to meet upcoming demands. The FNR
research project ‘New markets and applications for
native hardwood species’ at the University of Göttingen
has the aim to develop deciduous lumber-based products
and make those, in close cooperation with partners from
the forestry and timber industry, available to the
consumer.
The aim of this study is the use of deciduous lumber for
glulam. The focus is set on the development of sorting
1
Philipp Schlotzhauer, University of Göttingen, Wood Biology
and Wood Products, Germany, pschlot1@gwdg.de
2
Fritz Wilhelms, University of Göttingen, Wood Biology and
Wood Products, Germany, fritzwilhelms@yahoo.de
3
Christian Lux, Holzforschung Austria,
c.lux@holzforschung.at
4
Susanne Bollmus, University of Göttingen, Wood Biology and
Wood Products, Germany, sbollmu@gwdg.de

criteria for the strength grading of glulam and single
lamellas. One main criterion influencing the strength and
MOE values of timber is the grain angle. When
increasing the angle between wood grain and loading
direction, the strength and MOE decrease considerably
[3, 4] (Figure 1).

compression

strength fφ in %

1 INTRODUCTION 123

bending

tension

angle φ between wood grain and
loading direction

Figure 1. Influence of the grain angle on tensile, bending and
compression strength ([4]adapted).

Grain deviations appear globally due to spiral grain or
milling of bowed or tapered stems. Locally they mostly
appear around knots or in areas, in which a tree
experienced top rupture. Global grain deviations are
normally not as severe as local grain deviation [5, 6]. A
further annotation given by Augustin [7] on the matter is
the fact that by milling a round stem into prismatic
objects the naturally connected grains (fibers) are now
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severed, resulting in a poorer mechanical quality
(strength and stiffness) of the end product compared to
the round log.
According to the European standards [8, 9] grain angles
can be determined by analyzing shrinkage cracks or by
using a scriber (sharp stylus). Local grain deviations
resulting from knots are not to be determined. Another
visual approach analyzes the surface pattern of the wood
to predict grain angles. This can be done automatically
via digital image processing. Schickhofer and Augustin
[10] state that this system is open to serious doubt.
Possible machine grain angle determination systems will
be depicted below.
1.1 Tracheid effect (laser dot measurement)
A system widely used by grading machines for
softwoods, is the so-called “tracheid effect”. For this
method the wood surface is irradiated with laser light.
Part of the light is being reflected, part of it penetrates
into the partially luminescent surface of the wood (first
few cell layers). The majority of the wood tissue is
directed longitudinally (from top to bottom of the tree).
Thus, the penetrated laser light is being reflected inside
the first few cell layers following the optical anisotropy
of the wood (“light conductor effect”). The resulting
scattering pattern on the wood surface is a quasi-ellipse,
which is then captured by a CCD (charge-coupled
device) camera and finally analyzed via digital image
processing [10-15].
As the name “tracheid effect” already indicates, this
system is said to work the best on softwoods, whose
tracheids conduct the light most effectively [10].
Research results are published for Scots pine (Pinus
sylvestris L.), Sugi (Cryptomeria japonica D.Don) and
Norway spruce [12-14]. Studies prove that the system
also works for Japanese beech (Fagus crenata Blume)
[16] and silver birch (Betula pubescens Ehrh.) [12].
Machining of the surface (surface roughness) also has an
influence on the scatting pattern of the laser [17].
1.2 Microwave measurement
For grain angle determination this and the following
technique use the dielectric properties of wood, which
are strongly anisotropic. The relative permittivity of
wood for electric fields is the highest in longitudinal
direction of the axially arranged wood tissue (e.g. fibers,
vessels, etc.), when the grain direction equals zero
degrees [18-20]. In the radial and tangential direction it
is considerably lower [20]. From a dielectric point of
view hardwood species are more anisotropic in the
transverse plane (ratio radial/tangential) than softwood
species [21]. In contrast to the laser system (tracheid
effect), which determines grain angles only on the wood
surface, these measurements give information about the
grain angle for the entire depth of the wood specimen (in
this study 30 mm).
Using microwave measurement for grain angle
determination has been subject to research for some
decades now. Several publications give an overview of
the research results and the different measurement
systems [5, 18, 22]. The results prove that it is possible

to determine grain angles via microwave measurement
both for hardwood and softwood species. It has also been
demonstrated that a special setup is able to provide data
on the three-dimensional grain angle (a diving angle in
addition to the surface plane angle) [6].
Microwaves are electromagnetic waves with frequencies
between 1GHz and 300Ghz. The wave characteristics are
changed while passing through the wood [19]. These
changes are mainly influenced by the moisture content of
the wood, the density and the grain angle. Consequently
the changes of the wave characteristics can be utilized to
determine the above mentioned wood characteristics.
The moisture content has a substantial effect on the wave
attenuation (reduction of amplitude) and the phase shift
(wave length reduction). The phase shift is also affected
by the density. By passing through the wood, the
formerly linearly polarized wave is becoming elliptically
polarized (depolarization). This depolarization is
primarily influenced by the grain angle [6, 18, 19].
Through sophisticated data analysis, microwave
scanning allows the detection of moisture content,
density and grain angle (three-dimensional) [23].
Two basic microwave techniques have been proven to
work for dielectric measurements on wood. The more
recently developed focused beam measurement
technique places a wooden specimen between two horn
antennas (receiving and transmitting). Between the
antennas and the wooden specimen also lenses are
located [22]. Since resolution is not high enough, local
grain angles cannot be detected with this system [6]. The
so-called modulated scattering technique is able to give
more local information. Furthermore, it is a simple and
affordable solution [6, 22]. In literature a pronounced
disturbing effect of specimen edges is being described
[5, 22, 24]. This so-called edge diffraction can either be
removed by recomputing the angles (systematic
correction) or by extending the specimen on the edges
with a material with the same density and material
thickness [5].
1.3 Electrical field strength measurement
The grain angle determination by means of electric field
strength measurement (electrical capacitance) is - like
the microwave technology - a radiographic method. In
contrast to the microwave technology, here the test
specimen is not irradiated by an electromagnetic wave
[7]. Instead, a sinusoidal electrical field is applied. Due
to the dielectric properties of wood the electrical field
experiences a phase shift, when passing through the
wood specimen. This phase shift correlates with the
slope of grain, and thus the fiber orientation can be
determined [25]. This system is able to determine the
grain angle of planed wood fast, automatic and in a nondestructive way without the need of a skilled and
experienced user [26].
The US-patent Norton et al. [27] describes two apparatus
setups, which allow the measurement of the dielectric
constant through electric field strength measurement.
The first measuring apparatus consists of a pair of
spaced flat capacitor plates, which are isolated and
located opposite from each other. Together, the flat
plates form the surface of a circular disk, which is
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mounted on a drum. A motor lets the drum rotate at a
constant speed. The rotational speed of the drum should
be different from overlapping interference frequencies
(e.g. power frequencies of 50 Hz in Europe) and its
multiples. Frequencies of 20 Hz or 40 Hz have been
proven to be suitable. The rotation of the capacitor plates
generates a sinusoidal electric field (alternating field).
The changes the electric field experiences through the
interaction with the wood specimen (dielectric) and the
rotation are being measured in form of a voltage. This
voltage is compared to a reference AC voltage, whose
frequency is directly related to the rotation speed of the
disc, and whose phase corresponds to zero slope-ofgrain. Thus, grain angles can be determined. The wood
specimen should be placed over the capacitor plates in
the least possible distance (max. 3.2 mm). Due to the
rotation of the capacitor plates, this can lead to material
wear between the plates and the wood surface. By
placing two measurement apparatuses orthogonally to
each other a three-dimensional grain angle can be
obtained.
The second apparatus described in literature is not
subjected to the above described material wear, since the
electrical field is not generated by rotating capacitor
plates. The scanning head is stationary and the electric
field vector is caused to rotate electronically. The above
mentioned US-patent [27] describes a possible system
setup in detail. Comparable to the first apparatus, the
grain angle is also determined measuring an output
voltage, which is proportional to the phase displacement
of the capacitance maximum referred to the longitudinal
axis of the wood piece.
Similar to the edge diffraction effect described for
microwave measurement techniques [5], this system
gives distorted results, when the center point of the
detector overlaps the edge of the wood specimen. This
edge diffraction can easily be recognized and
systematically corrected [28, 29].
The only devices using the above mentioned technology
for grain angle determination have been developed by
the company Metriguard Inc. (Pullman, WA). McDonald
and Bendtsen [26] use a system with a rotating head
(Metriguard 5100 Slope-of-Grain Indicator) to compare
the results with visually determined grain angles on the
surface of Douglas-fir slats. They conclude that the
system appears to accurately measure the localized slope
of grain. The same device was used to detect defects on
red oak boards as a function of grain angles. The results
suggest that the system also generates reasonable results
for hardwoods [30]. A study applying a device with a
stationary scanning head (Model 511 Grain Angle
Meter) on little specimens gives promising results for six
European hardwood species [29]. Here the obtained
grain angles are compared to splitting angles, which
contain sources of error.
1.4 Aim of investigation
In this research project electric field strength
measurement, microwave scanning and laser dot analysis
(‘tracheid effect’) are evaluated concerning their
suitability for grain angle determination on hardwood
lumber. The machine measurements are compared to

visually determined grain angles on the physically split
specimens. This is done for the two European hardwood
species beech (Fagus sylvatica L.) and oak (Quercus
spp. L.). Spruce (Picea abies Karst.) is also evaluated as
reference species, since for this species the “tracheid
effect” is widely being used in the industry - as only
commercially applied machine grain angle determination
system.

2 MATERIAL AND METHODS
For each of the above mentioned species three planed
boards with a large quantity of wood characteristics (e.g.
knots of different sizes, grain angle deviations, etc.) were
selected for the investigation – resulting in 9 boards.
Each board had a length of 1500 mm and a cross-section
of 100 x 30 mm². Before measuring the boards they were
stored in a normal climate (20°C/65% relative humidity)
until reaching the equilibrium moisture content.
The machine grain angle measurements were taken in a
12.5 x 12.5 mm² grid over the two wider surfaces (100
mm) of each board with a measuring accuracy of 0.1°.
Due to the different operating mode of the microwave
measurement (measurement through the entire board) in
comparison to the other systems, microwave
measurements were only carried out on one surface. The
obtained value for each 12.5 x 12.5 x 30 mm³ cuboid
was used twice in the later comparison – once for the
measured side and the negative value of the obtained
grain angle value for the opposite side.
Afterwards the specimens were split with a splitting
device, which was developed for this study. The grain
angles were determined visually. Since preliminary
investigations revealed that visual grain angle
determination is rather difficult on small size specimens,
the splitting grid was chosen to be 25 x 12.5 mm² (axial
x radial/tangential). The following Figure 2 shows the
resulting cuboids for the three machine systems and the
visually determined splitting angle.

WCTE 2016 e-book | 655

With this apparatus a high number of parameters can be
recorded based on the microwave transmission. These
parameters are processed to obtain data on moisture
content, density, horizontal grain angle (ϑ) as well as the
so-called diving grain angle (ω) [6, 23]. For this
investigation only the mean horizontal grain angle (ϑ) of
each 12.5 x 12.5 x 30 mm³ cuboid (volume) is used for
further analysis.
2.3 Electrical field strength measurement
For this measurement the only hand-held device
commercially available was used – the Model 511 Grain
Angle Meter (Metriguard Inc.). The device generates a
sinusoidal electrical field with a frequency of 500 kHz.
The detector lies in the middle of the hand-held device.
By laying it on the wood surface a mean grain angle is
being measured with a hemispheric volume. This
hemisphere has a diameter of 25 mm, resulting in a
measurement depth of 12.5 mm. The device was set on
the center of each individual grid point (see Figure 2)
manually. For semi-automation a measuring device was
constructed allowing the exact positioning of the Grain
Angle Meter (Figure 3).

Figure 2. The four resulting measurement cuboids for the four
different grain angle determination systems.

Below the three different machine grain angle
determination devices used for this investigation will be
described. Afterwards the splitting apparatus and the
subsequent visual grain angle determination will be
depicted.
2.1 Tracheid effect (laser dot measurement)
For grain angle determination with this system the
apparatus Argus Spectra (ATB Blank GmbH) was used
with an automatic feed. A 100 mW laser with a
wavelength of 660 nm (red) was used. The resulting
scattering patterns on the surface were obtained via a
matrix camera and its shape analyzed automatically to
obtain a grain angle value. The analyzation approach is
similar to the one presented by Hu et al. [14].
As Figure 2 shows, the grain angle value obtained for
each 12.5 x 12.5 mm² grid center point is the arithmetic
mean of 12 single point measurements (3 axial and 4
radial/tangential) on the specimen surface.
2.2

Microwave measurement

The measurements were carried out on a prototype
developed by the institute EMCE of the Vienna
University of Technology and Austrian Forest Products
Research Society (Holzforschung Austria). The
prototype is thoroughly explained by Denzler and
Weidenhiller [6]. The system operates at a frequency of
12 GHz, resulting in a resolution of 12.5 x 12.5 mm².
Accordingly, the overall machine measurement grid of
this investigation was selected to match this resolution.
The boards were moved through the machine manually.

Figure 3. Semi-automatic measuring device for exact
positioning of the Grain Angle Meter.

2.4 Visual splitting angle determination
As mentioned above, it was intended to compare each of
the three machine grain angle values with a reference
angle derived from splitting the specimens and
determining the angles visually. For this purpose each
board was trimmed into pieces of 25 mm length
(longitudinally). The length of twice the grid-size was
chosen, because preliminary investigations had shown
that at a length of 12.5 mm it is problematic to
investigate the grain angle visually. Since the sawblade
had a blade thickness of 2.2 mm, the resulting board
pieces had a final length of 22.8 mm. Each of these
board pieces was afterwards split eight times in
accordance with the 12.5 mm (radial/tangential) grid (see
Figure 2). For splitting an automated splitting device was
developed applying the same force to the board pieces at
each splitting event (Figure 4).
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greatly on the wood characteristics contained by the
boards, it was decided to include stratification to the
experimental setup. The properties of four different
strata were defined. They are listed in Table 1.

Splitting specimen

Table 1. Strata description with amount per species.
Board specimen

Splitting wedge

Figure 4. Automatic splitting device.

Afterwards on each resulting splitting specimen the grain
angle was determined visually using a device developed
at the University of Göttingen [31]. The grain angle was
determined by aligning the measurement line with the
upper and lower edge of the surface of the splitting
specimen (Figure 5 A and B). The specific degree value
can then be read manually from a Vernier scale (Figure
5).

A

Vernier scale

Measurement
line

Splitting specimen

B

Figure 5. Visual grain angle determination device used for
this investigation (A) and splitting specimen with the
projected measurement line (B).

2.5 Stratification
Since the visual splitting angle determination is very
time consuming and preliminary investigations have
shown that the performance of the system depends

Stratum

Description

Amount per
species

1

straight grained

2

2

grain deviation without
knots

2

3

little grain deviation &
little knots (< 15 mm)

2

4

strong grain deviation &
big knots (> 15 mm)

2

Per species two surface areas of each 150mm length
(longitudinally) were selected for each stratum. These
areas were selected visually placing the special wood
characteristic in the center of the 150 x 100 mm² surface.
Thus, for each species eight of these surfaces were
selected resulting in a total of 24 single measurement
areas. The visual splitting angle determination was only
carried out for these areas. This resulted in a number of
2,304 visual angle determinations.

3 RESULTS AND DISCUSSION
In the following description the angle values obtained
through the three automated devices will be compared
with the values gained by splitting and visually
determining the angles. For simplification it is assumed
that the splitting angle always follows the “real” grain
angle. Of course, this matter has to be discussed
critically. The data interpretation will be executed
separately by stratum and species.
Comparing the suitability of a system by simple linear
regression is not conclusive. Figure 6 depicts this issue
for laser dot measurement (tracheid effect) on spruce. A
grain angle of 0° equals a straight grain, compared to the
longitudinal axis of the board. A negative angle value
depicts a grain moving from the right to the left corner of
a board surface, when moving in a longitudinal direction.
A positive angle value describes a grain sloping to the
right.
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Stratum 1
Visually determined splitting angle [°]

little absolute differences in the first two strata (-5° ≤
angle differences ≤ +5°). In stratum 3 and 4 the
differences grow to extreme values (-20° ≤ angle
differences ≤ +15°).

grain angle difference [°]

- min./max. x mean O median □ ± s ░ mean ± 95% confidence interval

Angle value laser technology (tracheid effect) [°]

Stratum 2
Visually determined splitting angle [°]
Angle value laser technology (tracheid effect) [°]

Figure 6. Scatterplots (Statum 1 and Stratum 2) for spruce
comparing the angle values of the laser technology and the
splitting.

Although the absolute angle differences between the two
measuring systems are similar (point distances to red
regression line) between stratum 1 and stratum 2 (at
maximum 5°), the R² values are extremely different.
According to these values the laser dot scanning system
would be applicable for spruce only in stratum 2, i.e. in
areas with obviously strong grain angle deviations. As
mentioned before, this system is already widely used in
the softwood milling industry, because its functional
capability for grain angle determination on softwoods
has been proven. In fact, these extreme differences in R²
values are due to a varying width (range) of the grain
angle distribution in the two strata. A larger scattering of
the values can be due to a high grain angle deviation in
the specimens, but also due to the fact that angles are
determined on the two opposite surfaces of a specimen.
In a scatterplot this fact results in two point clouds (see
Figure 6 Stratum 2).
Looking at the absolute angle differences between the
visually determined splitting angles and machine grain
angles gives a more conclusive picture. Spruce as
reference species (Figure 7), for example, shows very

20
15
10
5
0
-5
-10
-15
-20
-25

Stratum 1

Stratum 2

Stratum 3

Stratum 4

Figure 7. Absolute angle differences between the laser
technology and the splitting for spruce for all four strata.

This trend is observed for all three machine grain angle
determination techniques. Thus, it can be concluded that
for grain angle determination on spruce the microwave
and electrical field strength measurement systems are as
applicable as the laser dot measurement system.
The reason for the high values of angle differences in the
strata 3 and 4 are owed to shortcomings in the reference
grain angle. The manual splitting in areas with a high
amount of wood characteristics seems to be problematic.
Especially big knots presented a major challenge for the
developed automatic splitting device. Splitting
specimens could either not be split at all in these areas or
the visually determined angle values were not
representative. For future investigations it will be
necessary to exclude knots from the final analysis and
only use the adjacent areas. Then, minimum and
maximum values of angle differences, like shown in
Figure 7 for stratum 4, can be avoided and consequently
the informative value of such boxplots is raised. These
knots could be identified by algorithms searching for
extreme value changes in neighboring grid points. For
laser dot scanning and microwave scanning this can also
be done by identifying deep diving angles. Knot
identification has been described for all above mentioned
machine grain angle determination systems (e.g. [13, 18,
24, 30, 32]). In this manner it is possible to analyze knots
and grain angles at the same time without the application
of a second system, potentially lowering the overall costs
of sorting. Further models have been developed utilizing
the attained data for strength prediction of entire boards
[6, 13, 32-34].
There are further deficiencies of the method of
comparing visually determined splitting angles with
grain angles determined by an automated scanning
system. First of all the accuracy of the visually
determined angle depends on the axial distance between
the grid points. If the chosen grid is too small, reading
the values from the device (see Figure 5) presents a
source of error. The bigger the grid gets, though, the
attained angle becomes more and more an imprecise
average of many local grain angles (Figure 8).

WCTE 2016 e-book | 658

A

B

Table 2. Percentage of angle differences lower than 5%
divided into species, stratum and machine grain angle
determination system.
System

Tracheid
effect (laser)

Figure 8. Splitting angle of a splitting specimen viewed from
the (long./rad.) board surface (A) and the (axial) cross-section
(B).

The more grain angle differences the specimen contains,
the more drastic this effect is. The chosen grid length of
22.8 mm presented an optimal solution. As Figure 2
already implicates, the four different grain angle
determination systems have a different “scanning depth”.
While the microwave measurement gives an average
angle value for a 30 mm deep cuboid, the electric field
strength measurement gives an average value to a depth
of 12.5 mm for the top and the bottom surface. The laser
dot measurement as well as the visual angle
determination only give values for both surfaces that can
be averaged for comparing values. Figure 8 shows an
extreme example of angle differences in the depth of a
split specimen.
To be able to give a clear statement whether or not the
used machine grain angle determination systems work
for grain angle determination on spruce, beech and oak,
it was decided to define a 5° local grain angle difference
as still acceptable. The results of Baumann [3] show that
the strength losses accompanying a grain angle deviation
of 5° are still rather small. When raising that level,
though, the strength losses become more pronounced
(Figure 1).
Table 2 shows for each species and stratum, how many
grain angle differences (%) are lower than 5%.

Electrical
field
strength

Microwave

Species

Stratum
1

2

3

4

%

%

%

%

spruce

97,2

99,3

94,4

78,9

beech

93,1

72,9

80,0

65,9

oak

2,1

2,1

2,1

3,6

spruce

100,0

100,0

86,8

75,4

beech

98,6

76,4

90,6

70,3

oak

98,6

94,4

93,8

77,5

spruce

100,0

93,1

90,3

66,7

beech

93,1

54,2

68,1

39,4

oak

87,5

58,3

63,9

48,6

As expected, the laser dot measurement performed very
well on spruce specimens. Even in stratum 3 the grain
angle differences exceeded the critical values of 5% in
only 5.6% of the cases. The areas with little knots were
fairly easy to split and gave reasonable values. The
higher variation in stratum 4 is mainly due to the
shortcomings of the splitting angle as reference angle.
The analysis shows that for beech the system does not
give results as precise as for spruce. For oak the system
is not applicable at all. Figure 9 shows the laser
scattering patterns on the surfaces of the three selected
wood species. The lines superimposed on each of the
patterns represent the grain angle calculated by the
applied algorithm. The green line implies a positive and
the blue line a negative grain angle.

spruce

beech

oak

Figure 9. Scanned laser dot scattering patterns (quasiellipses) with calculated grain angle values.
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For spruce a clearly quasi-elliptical pattern is recognized.
The quasi-ellipses have a high major-axis/minor-axis
ratio. This ratio is lower for beech, although a direction
is still identifiable. It is expected that through adaption of
the analyzation algorithm grain angle differences can be
reduced considerably. For oak the scattering patterns
stay almost circular, with a star-like expression on the
edges. The analyzation algorithm follows this star like
expression and therefore almost always gives a positive
value for the grain angle.
The other methods also show good results for spruce
(see Table 2). For beech and oak the electrical field
strength measurement shows lower angle differences
than the microwave system. The Model 511 Grain Angle
Meter applies a rather simple technique determining the
phase shift an electrical field experiences while passing
through the dielectric wood via voltage changes. The
simple analogy that this output voltage is highly
dependent on the grain angle seems to work for the
different species in the same way. The microwave
measurement prototype used for this investigation
calculates more than 350 parameters based on the
microwave transmission [6]. The system settings used
for this investigation were developed for grain angle
determination on spruce. It is expected that with adjusted
settings this sophisticated prototype is able to provide
results comparable with those attained with the Model
511 Grain Angle Meter.
Other reasons for result differences can be found in the
setup and/or measurement techniques themselves. While
the microwave technique gives an average value for an
entire cuboid (volume), the reference angle is only
determined on the specimen surface. The electrical field
strength measurement gives only an average value for a
volume reaching 12.5 mm deep from the surface. Thus,
theoretically its values should be closer to the splitting
values than the values obtained with the microwave
prototype.
Concerning the application in the sawmilling industry, it
is important to address the feed speed that can be
attained with each system. For the laser scanning system
an automatic feed was already used. The system
manufacturer states a possible feed speed of 200 meters
per minute with a resulting axial resolution of 0.2 mm
[35]. For the electric field strength measurement the
patent introducing the system [27] already mentions an
automatic feed. However, it is depicted that the feed
speed should be chosen with respect to the desired
resolution and the applied transducer rotation rate. For
the microwave system possible applications of an
automatic feed are discussed at present.

4 CONCLUSION
As proven by former publications, all three described
systems are applicable for grain angle determination on
spruce boards. While the so-called tracheid effect is not
applicable for oak, the other systems present a true
alternative. Overall, the electric field strength
measurement device showed the best results for all three
species together. It is expected that with adjusted settings
the microwave prototype will reach a similar accuracy.

The visually determined splitting angle as reference
angle presents a good approximation of the “real” grain
angle, as long as knot areas are removed from the
analysis.

ACKNOWLEDGEMENT
This work was supported by the German Federal
Ministry of Food and Agriculture through the Agency
for Renewable Resources (FNR). Very special thanks
got to the Austrian Forest Products Research Society
(Holzforschung Austria) for supplying a microwave
scanning machine and the company ATB Blank GmbH
for contributing the hardware and software to evaluate
the ‘tracheid effect’ on hardwood. A hand-held device
for the electric field strength measurement was supplied
by the company Metriguard Inc. (USA) and a second one
by the DOKA Group Austria.

REFERENCES
[1] Seintsch B., Weimar H.: Actual situation and future
perspectives for supply and demand of hardwood in
Germany. In: Hardwood Science and Technology,
The 5th Conference on Hardwood Research and
Utilisation in Europe, 2012.
[2] Bundesministerium
für
Ernährung
und
Landwirtschaft: Der Wald in Deutschland –
Ausgewählte
Ergebnisse
der
dritten
Bundeswaldinventur, 2014.
[3] Baumann R.: Die bisherigen Ergebnisse der
Holzprüfungen in der Materialprüfanstalt an der
T.H. Stuttgart. Forsch. Ing.-Wes., 1922.
[4] Kollmann F.: Principles of wood science and
technology. Springer-Verlag Berlin, 1968.
[5] Denzler J. K., Koppensteiner J., Arthaber H.: Grain
angle detection on local scale using microwave
transmission. International Wood Products Journal,
4:68-74, 2013.
[6] Denzler J. K., Weidenhiller A.: Microwave scanning
as an additional grading principle for sawn timber.
European Journal of Wood and Wood Products,
73:423-431, 2015.
[7] Augustin M.: Eine Zusammenfassende Darstellung
der Festigkeitssortierung von Schnittholz. diploma
thesis, Technische Universität Graz, 2004.
[8] DIN 4074-1: Sortierung von Holz nach der
Tragfähigkeit - Teil 1: Nadelschnittholz. 2012.
[9] DIN EN 1310: Rund- und Schnittholz - Messung
der Merkmale. 1997.
[10] Schickhofer G., Augustin M.: EU-Project
INTELLIWOOD – Final Report; Working Package
3: Strength Correspondence. 2001.
[11] Matthews P. C., Beech B. H.: Method and apparatus
for detecting timber defects. US-Patents No.
3976384 A, 1976.
[12] Simonaho S.P., Palviainen J., Tolonen Y.,
Silvennoinen R.: Determination of wood grain
direction from laser light scattering pattern. Optics
and Lasers in Engineering, 41:95-103, 2004.
[13] Olsson A., Oscarsson J.: Three dimensional fibre
orientation models for wood based on laser scanning

WCTE 2016 e-book | 660

utilizing the tracheid effect. In: World Conference
on Timber Engineering 2014, WCTE 2014.
[14] Hu C., Tanaka C., Ohtani T.: On-line determination
of the grain angle using ellipse analysis of the laser
light scattering pattern image. Journal of Wood
Science, 50:321-326, 2004.
[15] Sarén M.P., Serimaa R., Tolonen Y.: Determination
of fiber orientation in Norway spruce using X-ray
diffraction and laser scattering. Holz als Roh-und
Werkstoff, 64:183-188, 2006.
[16] Hu C., Tanaka C., Ohtani T.: Locating and
identifying sound knots and dead knots on sugi by
the rule-based color vision system. Journal of Wood
Science, 50:115-122, 2004.
[17] Shen J., Zhou J., Vazquez O.: Experimental Study
of Optical Scattering and Fiber Orientation
Determination of Softwood and Hardwood with
Different Surface Finishes. Applied Spectroscopy,
54:1793-1804, 2000.
[18] Bucur V.: Nondestructive Characterization and
Imaging of Wood, Springer-Verlag Berlin, 2003.
[19] Torgovnikov G. I.: Dielectric properties of wood
and wood-based materials. Springer-Verlag Berlin,
1993.
[20] Norimoto M., Yamada T.: The dielectric properties
of wood VI: On the dielectric properties of the
chemical constituents of wood and the dielectric
anisotropy of wood. Wood Research: 52:31-43,
1972.
[21] Makoviny I.: The anisotropy of wood dielectric
constants as a function of anatomical structure.
Holztechnologie, 29 (4):210-213, 1988.
[22] Bogosanovic M., Al Anbuky A., Emms G. W.:
Overview and comparison of microwave noncontact
wood measurement techniques. Journal of Wood
Science,56:357-365, 2010.
[23] Denzler J. K., Lux C., Arthaber H.: Contactless
moisture content and density evaluation of sawn
timber using microwave transmission. International
Wood Products Journal, 5:200-206, 2014.
[24] Baradit E., Aedo R., Correa J.: Knots detection in
wood using microwaves. Wood Science and
Technology, 40:118-123, 2006.
[25] Becker G.: Verfahren der zerstörungsfreien
Holzprüfung
—
Entwicklungstendenzen
in
Nordamerika and Folgerungen für die Anwendung
in Mitteleuropa. Holz als Roh- und Werkstoff,
51:83-87, 1993.
[26] McDonald K., Bendtsen B. A.: Localized slop-ofgrain - its importance and measurement. In: 5th
nondestructive testing of wood symposium, 477489, 1985.
[27] Norton J. A. P., McLaughlan T. A., Kusec D. J.:
Wood slope-of-grain indicator. S-Patents No.
3805156, 1974.
[28] McDonald K., Cramer S., Bendtsen B.: Research
progress in modeling tensile strength of lumber from
localized slope of grain. In: 6th Nondestructive
testing of wood symposium, 113-123, 1987.
[29] Schlotzhauer P., Emmerich L., Militz H., Bollmus
S.: Machine grain angle determination on six

European hardwoods: In: Eco-efficient Resource
Wood with special focus on hardwoods, 2014.
[30] Steele P. H., Neal S. C., McDonald K. A., Cramer S.
M.: The slope-of-grain indicator for defect detection
in unplaned hardwood lumber. Forest Products
Journal, 41(1): p. 15-20, 1991.
[31] Oliver-Villanueva J. V.: Holzeigenschaften der
Esche (Fraxinus excelsior L.) und ihre Variabilität
im Hinblick auf Alter und Standraum: doctoral
thesis, Georg-August-Universität Göttingen, 1993.
[32] Stahl D. C., Cramer S. M., McDonald K. A.:
Modeling the effect of out-of-plane fiber orientation
in lumber specimens. Wood and Fiber Science,
22:173-192, 1990.
[33] Brännström M., Manninen J., Oja J.: Predicting the
strength of sawn wood by tracheid laser scattering.
BioResources, 3:437-451, 2008.
[34] Viguier J., Jehl A., Collet R., Bleron L., Meriaudeau
F.: Improving strength grading of timber by grain
angle measurement and mechanical modeling.
Wood Material Science and Engineering, 10(1):145156, 2015.
[35] ATB:
ATB
Blank
GmbH.
Available:
http://www.atb-technology.de/spectra_dtsch.html.
Last accessed: 28 April 2016.

WCTE 2016 e-book | 661

FIRST STRENGTH GRADING, PHYSICAL AND MECHANICAL TESTS ON
TURKEY OAK BEAMS FOR STRUCTURAL USE
Marco Togni1, Alberto Cavalli2, Daniele Cibecchini3, Giacomo Goli4
ABSTRACT: Many different hardwood species characterize the Italian forests due to the high variability of climates,
exposures, altitudes etc. Among all broad-leaves, there are also many oak species, currently not used for structural
purposes. New oak beams for structure are typically coming from other countries, because no studies have been yet
carried out on structural oak wood, in compliance with the national rules for building construction. In particular, among
the other oaks, the Turkey oak (Quercus cerris L.) has a significant role in Italian forests, with a potential annual
production of around 3'000'000 m³, considering only high forests. The aim of this work is the realization of a first study
for the mechanical characterization of this species for structural purposes. A batch of logs has been sampled in the
South of Italy and 51 structural beams (cross section 125x45 mm; length 2.6 m) have been sawn. The beams have been
visually graded, tested by means of non-destructive methods, characterized through mechanical tests in bending until
failure. Then mechanical properties and characteristic values have been determined showing that Turkey oak could be
fully addressed to structural use, as it can fit to the Strength Class D40, although this class has to be considered a
provisional allocation.
KEYWORDS: Quercus cerris L., Structural timber, Visual strength grading, Machine strength grading

1 INTRODUCTION AND AIMS12
The Italian Forest and Carbon Sink Inventory [1]
confirmed the strong extent of Turkey oak forests, nearly
to 1'000'000 ha, and the potential annual production of
the related high forests (example in Figure 1) which can
be assessed around 3x106 m³. This species has been
recently studied in order to try to improve some
properties of the material such as homogeneity of the
colour, durability and dimensional stability [2-6] and the
quality of gluing [7] and finger jointing [8]. The purpose
was to give this species higher added value. Other
studies have been conducted in the past about the
prospects to achieve wood based panel with good
performances as l.v.l. (laminated veneer lumber) [9],
solid wood panels [10], plywood [11] or generally to add
value to the raw material [12]. Nevertheless, despite
many efforts on this species, currently there is no data on
structural properties of full size timber, neither research
studies about structural uses, as solid wood or glulam.
The aim of this work is the first evaluation of Turkey
oak potential use in construction. For this purpose the
current research for the computation of characteristic
values has been conducted on one sample of structural
size timber, visually graded and machine tested, for
physical and mechanical properties. The purpose is also

to find the most suitable Strength Class [13] for this
wood species. At the same time, the grading efficiency
of some visual strength grading rules for other kinds of
oak has been tested, to assess the adaptableness on
Turkey oak.
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Figure 1: Turkey oak high forest
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2 MATERIAL AND METHODS
2.1 TURKEY OAK
Turkey oak is a species considered minor against other
oaks (European oak - Q. robur L. and Q. petraea (Matt.)
Liebl.) and also in comparison with the groups of
American oaks (American red oak – Q.rubra Lam. and
others, and American white oak – Q.alba L. and others).
The heartwood is irregular, brown-grey and less durable
in comparison to the other oaks (Class 3 - moderately
durable against Class 2 – durable [14]); its heartwood is
difficult to be seasoned due to its low permeability,
prone to split due to internal growth stresses and with
some problem of dimensional stability [15], therefore it
does not result enough suitable for the typical use of
oaks (e.g. joinery, flooring etc.). As a matter of fact, this
species is principally used as simple firewood.
2.2 TIMBER SAMPLING
Turkey oak logs were sampled in the South of Italy, in
Basilicata region, inside an old high forest, at 900 m
above the sea level, grown in a Northern-East exposure
and with 15% of slope. The annual average rainfall is
816 mm, the average minimum temperature of the
coldest month is 0.7°C, while the average maximum
temperature of the warmest month was 27.8°C. From the
sampled logs, a group of 51 beams was formed after the
saw-mill operations. The chosen cross section was
125x45 mm for a length of 2.6 m. The beams have been
air dried outdoor, covered, for approximately 1 year.

Figure 2: End grain of one of the beams. Pith, annual growth
rings, heartwood and sapwood are well visible

2.3 VISUAL STRENGTH GRADING
The oak beams have been visually graded by means of
Italian grading rule for hardwood, included in UNI
11035-2 [16]. At present, this rule for hardwood has
been used on oak species timber only for
experimentation. Moreover, we decided to take into
account and test different national standards for the
visual strength grading of hardwood. Particularly the
British Standard BS 5756 [17], rule for European
hardwood, and the German Standard DIN 4074-5 [18],
rule for oak. The first one has been used also for grading
the American red oak and American white oak as
resulting in EN 1912 [19] while the second one has been
used for European oak [19]. The first and principal
distinction between the three grading rules are the

number of grades: one grade only for the Italian (Grade
S), two grades for the British one (TH1 and TH2, for
smaller beams, under 200 cm² end grain area, or less
than 100 mm in one dimension) and three grades for the
German standard (LS13, LS10 and LS7). Among all the
six grades indicated in the three rules, de facto, in the EN
1912 only two grades are present for oaks: grade TH1
for BS [17] and LS10 for DIN [18], allocated
respectively in Strength Class D50 & D40 (for American
oaks) and in Strength Class D30 (for European oak).
Other grading criteria, which differ between the rules,
are the systems for measuring the knot in relation with
the face of the sawn timber and the thresholds for each
one. The last criterion to be noted is the
presence/absence of boxed heart that, for small cross size
section beam, could be considered as another limiting
factor: DIN rule for oak does not accept boxed heart on
sawn timber with thickness under 100 mm; i.e. the pith
must not be present (beam in Figure 2 is rejected), while
it is accepted for larger cross section. Other criteria are
reported in Table 1.
Table 1: Principal criteria of the grading rules for the
sampled oak timber beams

grades

UNI
11035
S

BS
5756

TH1, TH2

DIN
4074-5

no
no
yes
yes
yes

yes
no
yes
yes
yes

yes
yes
yes
yes
yes

LS13,
LS10, LS7
Yes
yes
yes
knots
measures minimum Ø Ø perpend. minimum Ø
/ the face
/ the face
/ the face
threshold
1/2
1/4, 3/4
1/6, 2/5, 3/5
yes
yes
yes
slope of grain
threshold
6.0
10.0, 4.0 14.3, 8.3, 6.3
(1/x)

fissures
boxed heart
wane
deformation
other defects

Currently Turkey oak is not included in any visual
strength grading rule of European Countries; in the BS
and DIN standards it is not explicitly stated any
reference to Quercus cerris, as well as in UNI, and it
does not appear in the standard EN 1912 [19], where the
only oak species are the ones here indicated in section
2.1 (Quercus robur, Q. petraea, Q. rubra and Q. alba).
The rules described in this research were applied to
Turkey oak sawn beams, intended as an extension of use
toward not typical oak timbers.
2.4 MACHINE STRENGTH GRADING
Before the mechanical test for elastic and strength
characterisation, some non-destructive dynamic tests
have been performed. These tests could be considered as
a simulation of machine strength grading methods, since
similar techniques are typically used in specific grading
machines. Dynamic modules of elasticity have been
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determined by means of ultrasounds (US – ultrasonic
waves transmission) and vibration techniques (flexural
free vibrations).
About ultrasound test, a basic ultrasonic device has been
used with cylinder-shaped piezoelectric transducers, with
54 kHz operating frequency, using a petroleum jelly
grease as acoustic coupler between wood and still. The
two transducers were applied on the ends of the beams,
and the "time of flight" has been recorded, to calculate
the US velocity (v). The datum has been used to
calculate the first dynamic modulus of elasticity, using
equation n.1
(1)

Eus = v² · ρ

where Eus is the ultrasonic modulus of elasticity in
N/mm², ρ is the density, in kg/m³ and v is the velocity of
the ultrasounds in km/sec.
The frequencies of natural free flexural vibration are
tightly related to stiffness. The first frequency of
vibration of timber beams have been measured through
an accelerometer fixed on the centre of the beam. For
this test each timber beam was supported at its
theoretical nodal points (0.224 of the beam length); the
vibration was induced by a hammer impact, then it was
collected by a piezoelectric accelerometer whose signal
was fed and conditioned by the instrument PCB 480E09,
connected to a notebook. The first vibration frequency
(fundamental resonance) was determined by FFT
analysis using GS Spectrum Analyser Software.
Dynamic flexural Modulus of Elasticity (Ef) was
calculated using standard equation n. 2


E f = ρ






f ml


I
3,5608 
A

2

2

(2)

where Ef is the dynamic flexural modulus of elasticity in
N/mm², ρ is the density in kg/m³, fm is the fundamental
vibration frequency in kHz, l is the beam length in m, I is
the moment of inertia in mm4 and A is the cross section
area in m².

determined as indicated by the standards ISO 3131 [21]
and EN 13183-1 [22], respectively.
The characteristic values of the bending strength,
modulus of elasticity and density were calculated for the
beams, selected through the grading rules, according to
the European standard EN 384 [23]. The factor for
adjusting the characteristic value of the MOR to the size
of the sample and to the number of samples ks, was not
applied. This choice was justified by the necessity to
check the feasibility of this species for structural uses,
considering this test only as a first attempt, needed to set
a program on future tests and a suitable extended
sampling. Usually the dimension of the sample needed to
completely characterize a new species for structural use
is ten times bigger, with more than one cross section. So,
in reference to the Strength Classes successively
assigned, the results have to be considered as a
provisional allocation.

3 RESULTS
3.1 A GRADE FOR TURKEY OAK
The yield of the sub-sample of Turkey oak beams,
selected in the grade S – Hardwood of the Italian grading
rule [16], resulted 88.2%. The other rules have given
similar results, if considered on the whole (rejected
beams excluded): BS 5756, 92.2% for a hypothetical
grade TH2 & better, DIN 4074-5, 78.4% for a
hypothetical grade LS7 & better. All the results are in
Table 2.
Differently, for the presence of two or three grades in the
rules, there was a dispersion of the graded beams in each
grade. The main ones were TH1 of BS 5756, which
included the 3/4 of the beams, and LS13 of DIN 4074-5,
which included only the 45% of the beams. Evidently,
the low number of beams in each grade depended also on
the dimension of the study sample.
Table 2: Yields for the grades of each strength grading rule

n.

%

Grade S

45

88.2

Grade TH1
Grade TH2
hypothetical grade
TH2 & better
DIN 4074-5
grade LS13
grade LS10
grade LS7
hypothetical grade
LS7 & better

39
8

76.5
15.7

47

92.2

23
14
3

45.1
27.5
5.9

40

78.4

UNI 11035
BS 5756

2.5 MECHANICAL TESTING AND DERIVATION
OF CHARACTERISTIC VALUES
The principal mechanical properties of the beams,
namely local Modulus of Elasticity (MOE) in bending
and bending strength (MOR – Modulus of Rupture) were
determined according to the European standard EN 408
[20]. The tests were carried out by means of a universal
testing machine (MetroCOM - 200 kN), using linear
variable displacement transducers (LVDT) for
measuring the deformations during the loading tests.
For each timber element, two small clear woods were cut
as close as possible to the point of rupture for the
physical characterization. In addition, the strength
determining defects and the failure mode were recorded.
The density and the moisture content of specimens were

Knots were the main strength determining defect for all
the grading rules, as it commonly occurs in structural
timber. Moreover some problems of deformation higher
than permitted (principally bow) were present, but they
were not considered as selecting criterion because this
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parameter does not affect the strength properties but it is
only a geometrical limiting factor.
Generally all the grading rules resulted appropriate and
eligible to be extended to this species.
3.2 MECHANICAL AND PHYSICAL
PROPERTIES
Physical and mechanical properties of the 51 structural
beams are very high as showed in Table 3. The
coefficient of variation resulted high for MOR (28.7%)
and rather high for MOE (17.2%). But these values can
be considered just typical for the studied mechanical
properties.

Table 3: Main physical and mechanical properties

Sample size
Average
Minimum
Maximum
Standard deviation
C.V.

MOR
N/mm²
51
70.1
27.8
109.7
20.0
28.7%

MOE
kN/mm²
51
14.6
7.7
19.1
2.5
17.2%

Density
kg/m³
51
819
749
926
36
4.4%

cumulative probability

Normal Distribution
1

0,8
0,6
0,4
0,2
0

0

20 40 60 80 100 120

MOR
Figure 3: Beam n. 42 after the bending strength test. Grades:
S-UNI 11035, TH1-BS 5756, LS10-DIN 4074-5. MOR 43.96
N/mm²

Figure 5: Distribution of MOR. Continuous line represents the
Normal cumulative probability.

3.3 CHARACTERISTIC VALUES
45 beams were graded in grade S by means of UNI
11035 and the respective data were used for the
calculation of the characteristic values (Table 4).
Similarly, the computation of the characteristic values
regarded the beams graded with DIN 4074 in three
grades and with BS 5756 in two grades. This
computation was performed only when the number of
beams in the grade was above twenty.
Table 4: Characteristic values for the 45 beams in Grade S by
UNI 11035. In bold type the characteristic values determining
the Strength Class.
Figure 4: Beam n. 35 after the bending strength test. Grades:
S-UNI 11035, TH2-BS 5756, rejected by DIN 4074-5 because
of the presence of boxed heart. MOR 47.58 N/mm²

While the C.V. of density was only 4.4% when the
typical value for this physical property is 8-10%. The
homogeneity of density could be determined by the
uniformity of the sampled population, as growth rate and
silvicultural management.

UNI 11035
grade S
Sample size
Average
Minimum
5-percentile (p.)
5-percentile (n.p.)

N/mm²

kN/mm²

MOE

Density

45
70.0
30.2
40.0

45
14.7
7.7
12.4
-

45
779
713
717

MOR

kg/m³

The 5-percentile of bending strength, derived by means
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of non-parametric method (n.p.) was adjusted to 150 mm
depth by the factor kh [23], while MOE and density have
been adjusted for the moisture content and the 5percentile derived according to parametric (p.) and n.p.
method, respectively.
The outcomes of the better grade TH1 of BS 5756 (Table
5) resulted close to the grade S. Through the conception
of hypothetical grade TH2 & better (Table 6) all the
results, including the yields, can be consider very
similar.
Table 5: Characteristic values for the grade TH1 - BS 5756. In
bold type the characteristic values determining the Strength
Class

BS 5756
grade TH1
Sample size
Average
Minimum
5-percentile (p.)
5-percentile (n.p.)

MOR

N/mm²

MOE

kN/mm²

Density

39
77.0
39.4
41.5

39
14.7
7.7
12.3
-

39
779
713
716

kg/m³

Table 6: Characteristic values for the 47 beams in the
hypothetical grade TH2 & better by BS 5756. In bold type the
characteristic values determining the Strength Class

BS 5756
h. gr. TH2&better
Sample size
Average
Minimum
5-percentile (p.)
5-percentile (n.p.)

MOR

N/mm²

kN/mm²

MOE

Density

47
70.0
30.2
40.2

47
14.6
7.7
12.3
-

47
780
713
717

kg/m³

The outcomes of the better grade LS13 of DIN 4074-5
(Table 7) resulted very interesting for MOR, whose
characteristic value grew of 13%; characteristic MOE
and density resulted similar to the previous grade.
Again, through the hypothetical grade LS7 & better
(Table 8) all the results, including the yields, became
very similar to grade S (MOR 39.4 vs 40, density 716 vs
717, the same MOE).
Table 7: Characteristic values for the grade LS13 - DIN 40745. In bold type the characteristic values determining the
Strength Class

DIN 4074-5
grade LS13
Sample size
Average
Minimum
5-percentile (p.)
5-percentile (n.p.)

MOR

N/mm²

kN/mm²

MOE

Density

23
80.3
41.7
45.4

23
14.7
7.7
12.3
-

23
775
716
719

kg/m³

As indicated in 2.3, the characteristic values of the MOR
were not adjusted for the size of the sample and number
of samples (coefficient ks).

Table 8: Characteristic values for the 40 beams in the
hypothetical grade LS7 & better by DIN 4074-5. In bold type
the characteristic values determining the Strength Class

DIN 4074-5
h. gr. LS7&better
Sample size
Average
Minimum
5-percentile (p.)
5-percentile (n.p.)

N/mm²

kN/mm²

MOE

Density

40
71.1
30.2
39.4

40
14.8
7.7
12.4
-

40
779
713
716

MOR

kg/m³

3.4 PROSPECTIVE STRENGTH CLASS
To check the potentiality of Turkey oak the characteristic
values have been used to identify the best fitting
Strength Class. As indicated in EN 338 [13] generally a
timber population may be assigned to a Strength Class if
its characteristic values of bending strength and density
equal or exceed the values for that Strength Class, and its
characteristic average modulus of elasticity in bending,
equals or exceeds 95% of the value for the same
strength class.
The results of the different grades and hypothetical
grades were very similar (Table 9): the principal
Strength Class of allocation was the D40. The limiting
factor was always the MOR, while there was a wide
safety margin for MOE and density, in relation to that
Class.
Table 9: Strength Class for each grade, with more than 20
graded beams

Rules and Grades
UNI 11035
Grade S
BS 5756
Grade TH1
Hypothetical grade
TH2 & better
DIN 4074-5
Grade LS13
Hypothetical grade
LS7 & better

Sample
size

Strength Limiting
Class
factor

45

D40

MOR

39

D40

MOR

47

D40

MOR

23

D40

MOR

40

D35

MOR

The main differences among the principal grades were
the number of graded beams, whose percentage was
varying from 45% to 92% of the whole sample.
Hypothetical grade LS7 & better did not fit D40 because
of a very small gap between the Class and the minimum
characteristic bending strength of the grade (grade
reached only 39.4 N/mm² on the threshold of 40 N/mm²).
Due to the proximity of the required values for the
Strength Class D40, in Table 10 is represented the range
of the characteristic values, determining the Class, in
relation to the required values.
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Table 10: Characteristic values of Strength Class D40 in
comparison with the achieved values for Q. cerris beams

Strength
Class
D40
MOR
N/mm²
MOE
kN/mm²
Density
kg/m³

Required
values

Achieved

Closeness to
required
values

40

39.4 ~ 45.4

-2% ~ +14%

13

14.6 ~ 14.8

+12% ~ +14%

550

716 ~ 736

+30% ~ +34%

These outcomes shall not be considered as absolute
allocations due to the small number of tested beams and
the lack of sample size coefficient (ks).
3.5 MACHINE STRENGTH GRADING
All dynamic moduli of elasticity resulted with a low
correlation coefficient (R) with the physical and
mechanical properties as showed in the Table 11, except
for relationship with MOE.
Table 11: Correlation coefficient R matrix

MOR
0.227
-0.153
0.479
0.403
0.228

MOE
density
Ev,h
Ev,b
Eus

MOE
1
-0.123
0.703
0.738
0.649

Density

Ev,h

1
-0.054
-0.122
-0.081

1
0.927
0.796

In particular the density is poorly correlated with MOR,
MOE and dynamic moduli, although a kind of selfcorrelation was expected with Eus (dynamic MOE
determined by ultrasonic testing) Ev,h and Ev,b (dynamic
MOE determined by flexural vibration testing edgewise
[h] and flatwise [b] respectively).

MOR
120

observed

100
80
60
40
20
0

0

20

40

60

80 100 120

predicted
Figure 6: Multiple regr. anal. R²=51.3% R²-adjusted=49.3%.
Predicted_MOR=25.2+ 5.76*10-3Ev,h - 42.2knottiness
Significance level for model and parameters p<0.01 (***)

On the basis of Ev,h it has been possible to obtain an
automatic allocation in the Strength Class D40 with the
threshold of 9500 N/mm² and a yield of 80.4%, as a
simulation of machine strength grading by means of free
vibration. For the grade elaboration, the values were not
modified by kv factor (dividing strength by 1.12, as
indicated in EN 14081-2 [24]).
The results did not allowed significant improvements in
comparison to the visual strength grading. The poor
results were because of the weakness of the relationship
between parameters and to the low number of
specimens.
Some improvements of the results has been obtained by
means of a combination between different parameters
concerning global quality of the beams and local one. It
was carried out looking for an optimal grading system
for predicting the bending strength. The coefficient of
determination significantly increased when the dynamic
modulus was combined with the knot ratio in a multiple
regression analysis (Figure 3). The result of this
multiple regression analysis was the equation n. 3
y = 25.2 + 5.76 ·10-³ a - 42.2 b

(3)

where y is the predicted MOR, a is the dynamic modulus
of elasticity Ev,h, and b is the knottiness. The adjusted
coefficient of determination R² is 49.3% (R²=51.3%) and
the significance level for model and parameters is high
(p<0.01). Comparable results were achieved also with
other species [25, 26].
The results of the tentative machine grades are reported
in Table 12.
Table 12: Results achieved by mean of a strength grading
machine simulations

Ev,h
Threshold
Sample size
Percentage
MOR
N/mm²
MOE
kN/mm²
Density
kg/m³
Strength Class

9.5
41
80.4%
41.7
15.3
719
D40

Predicted
Parametric
MOR
50
47
92.2%
40,2
14.9
724
D40

It is well-defined there were not evident enhancements in
comparison to the results of visual strength grading, both
for the percentages of graded beams and for the
characteristic values combination or Strength Class.
These first results on Turkey oak, must be implemented
with a larger number of beams to test and with additional
non destructive testing.

4 CONCLUSIONS
Turkey oak, due to its interesting properties, resulted
easy to be allocated in Strength Class D40. The species
offers interesting prospects for the structural uses,
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considering that, at present, the visual graded timber
with best performances in Italy is Douglas fir for
softwood, in the Strength Class C30, while the best
hardwood is the chestnut in D24. The allocation class
D40, although only provisional, was the same of
American red oak, in TH1 grade (BS 5756).
These outcomes shall not be considered as absolute
allocations because of the small number of tested beams
(1 sample, 51 beams) and the lack in the application of
sample size factor (coefficient ks).
The different strength grading rules and selecting
parameters conducted to a quite similar yields and final
values. Practically, excluding only the rejected beams
and without any grade partition, the three standards are
comparable for the achieved results.
Generally all the grading rules resulted appropriate and
eligible to be extended to this species.
The first tentative of machine strength grading did not
give results enough significant. Even if the results do not
seem promising, some other investigations are needed.
One way could be the test of better performing strength
grading machine systems, and check of their adaptability
to the species.
In conclusion, to be confirmed and validated, these first
results on Turkey oak, must be implemented with a
larger number of beams and with additional
investigations.
This potential development is also relevant because the
species is widespread in the forests of the Italian country.
Further studies and samples in other regions are needed
to confirm all the achieved values and to open the way
for its structural use.
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PERFORMANCE OF OAK TIMBER IN GLUED STRUCTURAL
ELEMENTS AND JOINTS
Van-Dang Tran2, Marc Oudjene1, Pierre-Jean Méausoone1
ABSTRACT: This paper presents an experimental campaign to highlight the mechanical performances of oak timber
for structural uses. To this end, three different destructive tests have been undertaken: four-point bending tests on fullscale glued solid timber beams (EN 408), push-out shear tests (EN 26891) on double shear single dowelled timber-totimber connections and cyclic tensile tests (EN 12512) on double shear single dowelled slotted-in steel plate-to-timber
connections. Several mechanical properties have been evaluated and compared to the corresponding values computed
based on the Eurocode 5. The obtained results showed particularly good mechanical performance of connections made
of oak timber under both monotonic and cyclic loading regimes. Glued solid timber beams also showed satisfactory
performance with regard to the stiffness characteristics but revealed significant loss of strength due to the presence of
finger-joints in the maximum tension zone.
KEYWORDS: Hardwoods, Glued solid timber, Timber joints, Construction, Finger-joint, monotonic and cyclic
loadings

1 INTRODUCTION 123
It is well-known that hardwoods are not even recognized
by most standards for structural uses and generally
restricted to service class 1 [1], which heavily restricts
their use in construction. Only the furniture, interior
joinery, and do-it-yourself sectors are still the major
users of hardwoods, despite their availability and high
strength and stiffness properties as compared to most
softwood species. Nowadays, this topic has turned into a
very interesting one for the North-West Europe (NWE),
in particular for France, since hardwoods represent a
large proportion in the cover forest of the most countries.
However, most of current research, and subsequently
derived codes and standards are still focused on
softwoods, respectively do not sufficiently account for
hardwoods. Hardwoods with their high mechanical
performances may be appealing materials for users of
modern timber constructions and buildings, in particular
in the context of multi-storey buildings. In one hand, the
literature review shows that hardwoods have gained
increasing interest, in the last decade, for use in modern
timber construction as far as high strength timber
structural elements are concerned. On the other hand, a
far greater proportion of timber structural elements are
today obtained throughout Engineered Wood Products
1
Marc Oudjene, LERMAB, Université de Lorraine, 27 rue
Philippe Séguin 88026 Epinal, France
Contact : marc.oudjene@univ-lorraine.fr
2
Van-Dang Tran, Division of Transportation Engineering,
Faculty of Engineering, Thuy Loi University, 175 Tay Son
Street, Dong Da District, Hanoi, Vietnam

(EWP), such as glulam, glued solid timber and cross
laminated timber. Thus, incorporating glued structural
elements made of hardwoods in buildings and achieve
mechanical durability and safety while at the same time
meeting future requirements, as stipulated in the
European Building Standards, are truly challenging.
This topic has been already approached experimentally
by many authors but there is still a need for insight
knowledge particularly at the structural joint level.
Studies include grading and strength of glued laminated
beams made of beech timber [1–5], structural response
of finger-joints [6–10], glue-line formation and stability
within the finger-joints [11–16]. On the other hand,
several numerical and theoretical studies have already
been presented [17–21] in relation with the modelling of
the mechanical behaviour of finger-joints.
However, despite the aforementioned advantages of
hardwoods some shortcoming of hardwood EWP related
to the mechanical performance of finger-joints and bondlines exist. In fact, EWP made of hardwoods are
susceptible to exhibit a great loss in bending strength
(MoR) caused by a premature failure of adhesive joints,
which is the most predominant failure zone [5, 9]. These
drawbacks can shorten the added-value of those
hardwood products and limit their utilization. It is also
important to study more deeply the EWP made of
hardwoods at the joint level both adhesive and steel
dowelled joint systems, since in the timber construction
these EWPs need to be joined by moment transmitting
joints through column-to-beam or beam-to-beam
connections. In this study, particular attention will be
paid to the finger-joints and the steel dowelled
connections. Therefore, the need for a thorough
mechanical investigation arose to gaining new
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understanding on the behaviour of adhesively
reconstituted oak timber and the corresponding steel
dowelled connections. This study is aimed to assess the
strength of glued solid oak at full-scale level. For this
end, four-point bending tests on full-scale glued solid
timber beams, made of oak, monotonic push-out shear
tests and cyclic tensile tests have been undertaken on
dowelled timber-to-timber connections and on slotted-in
steel plate-to-timber connections, respectively.

2 EXPERIMENTAL WORK
The material used in this study was oak timber, which
was purchased from a local hardwood sawmill in the
state of “Les Vosges” (France). Flat sawn boards were
obtained and conditioned at ambient temperature of
20°C and kiln-dried to equilibrium moisture content.
Before manufacturing the glued solid beams, both the
density and the moisture content of the oak were
determined according to the French Standard NF-B51005 and NF-B51-004, respectively. The mean values
were 13% and 620 kg/m3 for the moisture content and
the density, respectively.
The adhesive Melamine-Urea-Formaldehyde (MUF) is
one of the adhesives which are popularly used for
manufacturing glulam beam. This adhesive brings many
outstanding advantages such as transparency and
resistance [24]. Therefore, the industrial MUF was
chosen as a principal adhesive of this study. Before
being used for gluing, the MUF was added a hardener
Prefere 5035 (made by DYNEA) with the ratio of
MUF/Prefere of 100/15 [25].
2.1 BENDING TESTS ON GLUED SOLID OAK
BEAMS
Similarly to the experimental work undertaken by the
authors on beech timber [22], four-point bending tests
were undertaken on glued multi-layered oak beams with
test arrangement according to the EN 408 [23], as shown
in Figure 1. Several sets of glued beams have been
tested: single finger-jointed laminations, two-layer and
three-layer beams with or without finger-joints. Here
attention is paid to the glued beams having finger-joints
located at the mid-span of the lower lamella (figure 2).

relative humidity. In addition, tests on single solid
laminations have been undertaken for control purpose.
430
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Figure 2: Full-scale glued beams with finger-joints: (a)
tow-layer beam and (b) three-layer beam

Figure 3: Experimental four-point bending test set-up

From the measured parameters of the above tests, the
global Modulus of Elasticity (MoE) and the Modulus of
Rupture (MoR) may be calculated using the following
equations [23]:

MoE =

MoR =

3aL2 − 4a 3
w − w1
6a
)
2bh 3 (2 2
−
F2 − F1 5Gbh
3aFmax
bh 2

(1)

(2)

All the characteristic values obtained from the four-point
destructive bending tests for each type of beam have
been expressed based on the reference high of 150 mm
as stipulated by the European standards (EN 384 [26]
and EC5 [27]) to account for size effects, such that:

Figure 1: Schematic illustration of the four-point bending
test arrangement (EN 408).

All tests were conducted by displacement control with a
crosshead speed set to 2 mm/min. Deflection was
measured with displacement transducers (LVDT) placed
at the mid-span of the specimens (Figure 3) and recorded
versus the total applied load. All tests have been
conducted under ambient temperature of 20°c and 65%

 150 
kh = 

 h 

0.2

(3)

Note that the equation (3) has been assumed despite that
it is mainly validated in the case of softwoods.
2.2 DOWELLED TIMBER-TO-TIMBER
CONNECTIONS
The geometry of the studied timber-to-timber
connections under monotonic tests is shown in Figure
4a. Monotonic push-out shear tests were conducted using
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standardised experimental procedure
according to the EN 26891 standard [28].

(Figure

4b)

The required maximum load Fmax was gathered from two
preliminary experimental tests conducted until final
failure. A total of five monotonic push-out shear tests
were performed.

(a)

(a)

(b)
Figure 5: Schematic illustration of the cyclic tensile tests:
(a) geometry, (b) loading protocol

3 RESULTS AND DISCUSSION
(b)

Figure 4: Schematic illustration of the push-out shear
tests: (a) geometry, (b) loading protocol

3.1 RESULTS FROM FOUR-POINT BENDING
TESTS
Figures 6 and 7 show the experimental load-mid-span
deflection curves for the glued two-layer and three-layer
beams, shown in Figure 2, respectively.

2.3 SLOTTED-IN STEEL PLATE-TO-TIMBER
CONNECTIONS
The schematic illustration of the studied slotted-in steel
plate-to-timber connections under cyclic tests is shown
in Figure 5a. Cyclic tensile tests were conducted using
standardised experimental procedure according to the NF
EN 12512 standard [29] (Figure 5b). Note that, all
specimens were subjected to non-reversed loading due to
the restrained movement of the joints in compression.
The elastic displacement, Vy , required for the cyclic
loading procedure was gathered from two preliminary
experimental monotonic tests. A total of five cyclic
tensile tests were performed. For each amplitude level
three loading cycles were repeated, expect for the
amplitudes 0.25 Vy and 0.5 Vy which were performed by
considering only one loading cycle.

Figure 6: Experimental load-deflection curves from the
glued two-layer beams having finger-joints at the midspan
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Both the two-layer and three-layer beams present a very
similar mode of failure (Figures 10 and 11): the fracture
always begins in the finger-joints and then propagates in
the longitudinal direction and sometimes preferably
through the bonded layer interfaces (Figure 10).

Figure 7: Experimental load-deflection curves from the
glued three-layer beams having finger-joints at the midspan

The experimental modes of failure are displayed in
Figures 8-11. From Figure 8 it can be seen that all the
solid oak beams exhibit tensile failure which begins in
the maximum tension zone located between the two
loaded points. As load increases, cracks propagate in the
longitudinal direction where tension perpendicular to the
grain and shearing arise concurrently.

Figure 10: Experimental mode of failure from the glued
two-layer beams

Figure 8: Experimental mode of failure from the solid oak
laminations

The finger-jointed laminations, however, have always
failed within the finger-joints located at the mid-span. In
contrast to the previous paper by the authors [22], nor
adhesive failure neither adhesion failure was observed
within the finger-joints but the failure was occurred
systematically by net tension of the timber fingers. Thus,
it can be concluded that oak timber had high and good
adhesive bond quality as compared to the beech timber.

Figure 11: Experimental mode of failure from the glued
three-layer beams

Further, the stiffness and strength characteristic mean
values of all tested sets of beams are summarized in
Table 1.
Table 1: Stiffness and strength mean values

Type
of beam
Solid lamella

Figure 9: Experimental mode of failure from the fingerjointed oak laminations

MoE
(MPa)
9791

C.o.V
(%)
5

MoR
(MPa)
64.99

C.o.V
(%)
5

Single fingerjointed lamella

9544

3

52.19

8.5

Two-layer beams

9153

8

50.69

7

Three-layer beams

10126

11

52.05

11
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From Table 1, it can be seen that all the glued beams
having finger-joints in the maximum tension zone
exhibit significant loss of strength (MoR) ranging from
19.7% to 22% as compared to the strength of solid
lamination.
3.2 RESULTS FROM MONOTONIC PUSH-OUT
SHEAR TESTS
Figure 12 displays the experimental load-slip curves
from the push-out shear tests of the dowelled timber-totimber connections. After the initial linear branch, these
curves exhibit a nonlinear behaviour involving hardening
until complete failure.

From the Tables 2 and 3, it can be seen that the
Eurocode 5 underestimates both the stiffness and the
load-carrying capacities of connections. This result is in
line with the literature [29], among others. The static
ductility, which is defined as the ratio of the ultimate
slip/yield slip, is satisfactory and the connections do not
exhibit loss in strength until the ultimate slip was
reached. According to the Eurocode 8 [30], the ductility
class H structures can be attributed to the studied
connections.
Figure 13 shows the experimental mode of failure, where
it can be distinguished the formation of one plastic hinge
within the steel dowel and the crushing in the
surrounding timber. The complete failure of all the
connections has been occurred in a brittle manner
leading to splintering of the central timber member. Note
that this mode of failure was the one predicted by the
Eurocode 5.

Figure 12: Experimental load-slip curves from the pushout shear timber-to-timber connections

From the curves shown in figure 12, several
characteristic values have been measured and compared
to the corresponding values obtained based on the
Eurocode 5 and summarized in Tables 2 and 3.
Table 2: Deformation properties (mean values)

Margin
Mean
C.o.V
(%)
Error
(%)

Kser (N/mm)
EC 5
8118

Kser (N/mm)
Experiment
15219

Figure 13: Experimental mode of failure

Ductility
9.29

/

16

22

46

/

/

Table 3: Load-carrying capacity values (mean values)

Mean
C.o.V (%)
Error (%)

Fmax (N)
EC 5
11274
/
55.5

Fmax (N)
Experiment
25316
4
/

3.3 RESULTS FROM CYCLIC TENSILE TESTS
Figure 14 displays the typical hysteresis loops from the
cyclic tensile tests. Note that, to avoid clustering only the
typical average representative curve was plotted.
From the hysteretic loops shown in Figure 14, several
properties can be calculated, such as the load-carrying
capacity, the equivalent viscous damping ratio, the loss
of resistance…etc. All the above parameters have been
evaluated according to the European standards (EN
12512 [31], EN 1995 [27]) and summarized in Tables 4
and 5. Both the equivalent viscous damping ratio and the
loss of resistance have been evaluated for different
loading amplitude levels.
As documented in the case of timber-to-timber
connections, it can be seen from the Table 4 that the
Eurocode 5 also underestimates the load-carrying
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capacity in the case of slotted-in steel plate-to-timber
connections.

Dowel
failure

Figure 14: Typical hysteretic loops from the tensile cyclic
tests

4 CONCLUSIONS

Table 4: Load-carrying capacity values (mean values)

Fmax (kN)
EC 5
20.48

Mean
C.o.V (%)
Error (%)

Fmax (kN)
Experiment
38.30

/
46.5

Figure 15: Experimental mode of failure under tensile
cyclic loading

4
/

From Table 5, it can be observed that the equivalent
viscous damping ratio seems to decrease with the
increase in loading amplitude level. Whereas, the loss of
resistance seems to increase with the increase of the
loading amplitude level. Note that the results regarding
the loss of resistance should be taken with care since the
scattering (coefficient of variance) is relatively high.

In this study, an experimental campaign has been
undertaken to assess the mechanical performances of oak
timber in the context of glued structural elements (such
as glulam or glued solid timber) and dowelled
connections. To this end, the following experimental
tests have been carried out:
- full-scale glued beams (having finger-joints)
under four-point bending tests according to the
EN 408 standard;
- double shear single dowel timber-to-timber
connections under push-out shear tests
according to the EN 26891 standard;
- double shear single dowel slotted-in steel plateto-timber connections under cyclic tensile
loading according to the EN 12512 standard.

Loading
amplitude

νeq
(%)

C.o.V
(%)

0 .5 V y

1.69

7

/

/

The results from the four-point bending tests showed
good performances of glued oak beams without fingerjoints (both two-layers and three-layers), in terms of both
stiffness and strength characteristics, when compared to
the corresponding equivalent solid timber. While glued
beams having finger-joints at the lower lamination
(maximum tension zone) showed good performance with
regard to the MoE but significant loss of MoR was
observed, due to the premature failure of the fingerjoints. It can be then concluded that the finger-joint is the
weakest point that affects the entire beam element. Note
that, similar conclusion has been drawn in previous work
[22] in the context of beech timber but the failure
mechanism differs from oak to beech: beech showed
adhesion failure and oak showed net tension failure of
timber fingers. In both cases the finger-joint affects
greatly the MoR of beams.

0 .75 V y
1V y

1.44
1.34

4
4

1.36
1.97

32
19

From the monotonic and cyclic tests of connections, the
following main conclusions can be drawn:

2V y

1.13

3

3.12

18

4V y

1.04

2

5.09

8

All the joints were failed at high loading amplitude level,
generally after the third cycle of the amplitude level
corresponding to four times (4 V y ) the yield
displacement.
The failure of all the joints was occurred by steel dowel
failure (Figure 15).
Table 5: Equivalent viscous damping and loss of resistance
(mean values)

∆F1-3
(kN)

C.o.V
(%)

-

oak timber showed good stiffness and loadcarrying capacity values, which could be very
interesting for high load-bearing capacity such
as in multi-storey buildings;
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-

joints made with oak timber showed high
ductility and satisfy the
Eurocode 8
requirements for ductility class H structures;
- joints made with oak timber showed also
satisfactory cyclic performances;
- the failure mechanism observed in the two sets
of joints was different: splintering of the central
timber member in the case of monotonic pushout shear tests and steel dowel failure in the
case of cyclic tensile tests.
The present study is a good contribution to overcome the
lack of knowledges in the literature regarding the
structural use of oak timber but needs further and deeper
investigations. Work is now in progress to evaluate other
hardwood timber species for comparison purpose.
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DETERMINATION OF THE SHEAR STRENGTH OF TROPICAL
HARDWOOD TIMBER
Geert Ravenshorst1, Nicolas Gamper2, Peter de Vries3, Jan-Willem van de
Kuilen4
ABSTRACT: The current shear strength values for high density tropical hardwoods are very low compared to the
values for softwoods, according to European strength class tables. The reason for this is that standardized tests
according to European standard EN 408 have not been performed yet for tropical hardwoods. In this research, tropical
hardwood species massaranduba was investigated according to EN 408. The test results give a 5%-value for the shear
strength of massaranduba that is twice as high as the standardized value for strength class D70. No relation was found
between the density and the shear strength for massaranduba. Shear strength was proportional to the density when
compared to spruce.
KEYWORDS: shear strength, tropical hardwood, massaranduba, spruce.

1 INTRODUCTION 123
The shear strength values of structural timber have to be
determined according to EN 408 [1] in Europe. These
values can be compared to those listed in EN 338 [2].
However, only the shear values for softwoods in EN 338
are based on shear tests according to EN 408, based on
research by Denzler and Glos [3]. The shear strength
values of tropical hardwoods are not based on shear tests
according to EN 408. Basically this value was topped-off
by the CEN standardization committee. A previous
version of EN 338 contained values based on the
following relationship:

f v ,k  0.2 f m0.8,k

(1)

leading to an increase in shear strength for higher
strength classes. The shear strength ratio between D70
and C24 is about 2.35 on the basis of equation (1).
Currently however, the characteristic shear strength
value of C24 is 4.0 N/mm2, where the characteristic
shear strength value of D70 is 5.0 N/mm2, only a slight
difference. In addition, 5 point bending tests performed
at the Delft University of Technology [4], indicated
much higher shear strengths for both spruce and tropical
1
Geert Ravenshorst, Delft University of Technology,
Delft,P.O. Box 5048 2600 GA Delft,
g.j.p.ravenshorst@tudelft.nl
2
Nicolas Gamper, ETH Zurich and Zpf ingenieure AG
3
Peter de Vries, Delft University of Technology.
4
Jan-Willem van de Kuilen, Delft University of Technology,
Delft and Technical University of Munich, Munich.

hardwoods than currently specified. These tests were
performed to have a more practice-oriented result, for
instance for beams spanning over more supports. The
results of the shear strength tests of azobé and the test
set-up can be found in [7].
Because much higher shear strength is expected, the test
set-up according to EN 408 has to be evaluated for
tropical hardwoods. This paper gives the results of
research performed at the Delft University [5], where
this is investigated on the hardwood species
massaranduba with reference tests on spruce.

2 MATERIAL AND METHODS
2.1 MATERIALS
Two timber species were tested according to the EN 408
test method:
- 62 specimen from the wood species
massaranduba originating from Brazil.
- 11 specimen from spruce originating from
Germany
Test pieces of l x b x h = 300 mm x 32 mm x 55 mm
were cut from remaining pieces from bending tests.
The length l is the length along the grain. The
cutting borders were parallel to the beam edges,
meaning that any grain angle deviation in the beams
are also present in the shear test specimen.
Two glue types were used in the experimental program:
- Griffon combi: This is a 2 component epoxy
glue. This glue is intended to glue metals to
each other but also to glue metal in combination
1
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-

-

with wood, concrete and plastics. The glue
should be applied as thin layer.
Sikadur 30: This is a 2 component epoxy glue.
This glue is the strongest glue in the product
range of Sika, for instance used for gluing
carbon lamellas to concrete. The glue layer is 23 mm thick and can be applied without external
pressure. The shear strength values given by the
producer are in the range of 15-18 N/mm2 after
hardening and for the adhesive strength on a
steel surface a minimum value of 21 N/mm2 is
given.
Steel plates of normal structural steel (S235)
were used to glue the timber on.

2.2 METHODS
The test set-up according to EN 408 is used for the
experiments. The intention is to determine the “pure”
shear strength with as little interaction with other stresses
as possible. Tapered glued steel plates of 10 mm
thickness are glued on both sides. See figure 1. The test
piece is positioned at an angle of 14 degrees with the
loading direction in the test set-up. See figure 2.

Figure 2: Loading arrangement of the test piece according to
EN 408.

The shear strength fv of a test piece is calculated
according to equation (2).
(2)
Where Fmax is the maximum recorded force in N, l is
length of the specimen parallel to the grain and b is the
thickness of the specimen.

Figure 1: Timber test piece with glued on steel plates
according to EN 408.

Because no previous tests on tropical hardwoods are
reported in literature for this test set-up, an evaluation of
this set-up based on numerical analysis was performed.
Based on that analysis the configurations for the test setup was defined.
A pre-test was performed on a small number of
specimen to determine the most suitable glue for the rest
of the specimen.
The rest of all specimen were tested with the most
suitable glue. The objective of the testing of the spruce
specimen was to compare the applied testing approach
with results from literature.
For all specimen the maximum force, the failure patterns
and the density were recorded.

2
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3 EVALUATION OF THE SUITABILITY
OF THE TEST SET-UP FOR
TROPICAL HARDWOODS

Table 1: Material properties for FEM modelling.

Material

3.1 Introduction
EN 408 gives as a provision that the test result is only
valid when the failure area in the timber test piece/steel
plate interface is less than 20% of the total bonding area.
The intention is that the failure will occur in the middle
of the specimen. To prevent failure at the interface peak
stresses have to be avoided. In [3] 260 specimens were
tested, and for 7.5% of these specimens a failure area
larger than 20% of the total bonding area was found.
When the failure is in the interface the shear strength of
the timber is higher and cannot be determined. The 20%requirement therefore is a requirement to determine the
correct timber shear strength, and to prevent low values.
To prevent peak stresses in the interface the following
options were investigated:
- Influence of the thickness of the steel plates: 10
mm and 20 mm respectively.
- Influence of the taper of the steel plates with
3°(taper over the whole length of the steel
plate), 8° (the minimum value according to EN
408) , 14° and 90° (no tapering).

MOE0 (N/mm2)
MOE90 (N/mm2)
G0,90 (N/mm2)
G90,90 (N/mm2)
Poisson ratio ν0,90
Poisson ratio ν90,0 = ν90,90

Steel
plates
S235
210000
210000
80000
80000
0.3
0.3

Massaranduba
D70
20000
1250
1250
480
0.3
0.01

Spruce
C24
11000
370
690
142
0.3
0.01

The results will be shown for the difference between
spruce and hardwood, for a steel plate thickness of 10
mm and a taper of 8° and 90°. The thickness of the steel
plate did not make the difference in the occurring
stresses.

A'

B'
300

3.2 Numerical analysis
The combinations of the different configurations were
investigated by linear 3D FEM-analyses in ANSYS
Workbench 2015. Because the configuration of EN 408
has proven itself for spruce, this was used as a
benchmark to evaluate the results of hardwood. For
spruce the mean values of the properties of C24 were
used and for hardwood the mean values of the properties
of D70. The glue is modelled as a fixed connection
between timber and steel plates with no thickness. In
table 1 the relevant material properties assigned to the
3D elements are listed. The steel is modelled as an
isotropic material and the timber as transverse isotropic
(different material properties parallel and perpendicular
to the grain, but no distinction between radial and
tangential direction).
The load is introduced as a line load over the top surface
of the steel plate, the bottom support is modelled as a
hinged line support. For the spruce a load of 30 kN is
applied, for the massaranduba a load of 100 kN. The aim
is not to evaluate the magnitude of the stress values, but
the distribution of the stresses.

0

A

B

Figure 3: Indication of cross sections AA’ and BB’ for which
the stresses are shown in figures 4 to 9.

Figure 3 shows the cross sections for which the stresses
are shown in figures 4 to 9. The shear stresses in the
glue line in cross section AA' of figure 3 are shown in
figure 4 for softwood and figure 7 for hardwood. The
normal stresses perpendicular to the grain in cross
section AA' of figure 3 are shown in figure 5 for
softwood and figure 8 for hardwood. The shear stresses
in the middle of the timber pieces in cross section BB' of
figure 4 is shown in figure 6 for softwood and figure 8
for hardwood

3
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4
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shear stress in the timber in BB' [N/mm2]
taper 8 degrees
no taper (90 degrees)

Figure 4: Shear stress in the glueline AA’ for softwood.
Figure 6: Shear in the timber in BB’ for softwood.
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Figure 5: Normal stresses perpendicular to the grain in the
glueline AA’ for spruce.
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Figure 7: Shear stress in the glueline AA’ for hardwood
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3.3 Discussion
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normal stress perpendicular to the grain in
glueline AA' [N/mm2]
taper 8 degrees
no taper (90 degrees)

Figure 8: Normal stresses perpendicular to the grain in the
glueline AA’ for hardwood.
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Figure 9: Shear in the timber in BB’ for hardwood.
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200

From the numerical analysis the following can be
concluded for softwood:
- The application of the taper gives an almost
evenly distributed shear stress in the glue line
with the steel plate over the length of the steel
plate, although at the taper the shear stress
increases.
- Tension stresses perpendicular to the grain
almost not occur, both for the tapered and the
non-tapered configuration
- The taper gives a more evenly distributed shear
stress in the middle of the timber.
It can be concluded that the main function of the taper is
to limit the shear stresses at the interface steel-timber,
but that even then some peak stresses dooccur. This is in
line with the experiments from Denzler [3] where most
of the specimen failed in the timber, but a small portion
still failed in the interface.
From the numerical analysis the following can be
concluded for hardwood:
- Peak shear stresses occur for both tapered and
non-tapered steel plates at the interface.
- For the non-tapered steel plates peak tension
stresses perpendicular to the grain may occur.
- For the shear stress in the middle of the timber
there is not much difference in the shear
stresses between the two configurations.
It can be concluded that for hardwood the effect of the
taper is less clear. Peak shear stresses may occur at the
interface for both tapered and non-tapered steel plates.
However, for the tapered steel plate the tensile stresses
perpendicular to the grain appear to be less.
Based on the numerical analysis it was decided that steel
plates of 10 mm thickness would be used and that both
steel plates with a taper of 8 degrees and non –tapered
steel plates would be applied to investigate the effect of
the peak stresses..

4 RESULTS
4.1 Pre-test
In the pre-test 3 pieces of massaranduba where glued
with Griffon Combi and 4 pieces of massaranduba were
glued with Sikadur 30. Non-tapered steel plates were
used.
The retrieved shear strength values are listed in table 2.

5
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Table 2: Pre-test results for massaranduba glued with Griffon
Combi and Sikadur 30.

Glue type
Griffon Combi
Sikadur 30

Test
no.
1
2
3
1
2
3
4

fv
(N/mm2)
2.3
0.8
1.3
10.9
10.6
12.8
11.3

The results show that the Griffon Combi with the very
thin glue line did not give satisfactory results. The failure
occurred 100% at the interface timber-steelplate at one
side. The steel plates popped of spontaneously at a low
load. The retrieved values are even lower than the values
for softwood, indicating that the stiffer hardwood and the
absence of the taper introduce peak stresses causing the
failure.
For the tests with the Sikadur 30 the failure occurred in
the timber itself with values clearly higher than for
softwoods. Besides that the glueline itself is very strong,
the thickness of the of 3 mm might reduce peak stresses.
The stiffness for compression and tension given by the
technical sheet for Sikadur 30 is approxiametely 10 000
N/mm2, much lower than steel and about half of
massaranduba, which might be the reason for the
reduction in peak stresses.

Figure 10: Massaranduba specimen: Failure of 100% in the
glueline.

4.2 Final test
For the final test all specimen were glued with Sikadur
30. In table 3 the test results for all specimen are given.
Table 3: Test results for massaranduba and spruce

Wood species
N=
Mean
shear
strength
(N/mm2)
Standard deviation shear
strength (N/mm2)
Mean density (kg/m3)
Standard deviation density
(kg/m3)
Mean moisture content (%)
Ratio density / mean shear
strength

Massa
randuba
62
13.9

spruce

2.4

0.5

1070
65

435
14

14.5
77

13.0
80

Figure 11: Massaranduba specimen: Failure of 0% in the
glueline.

11
5.4

In figures 10 to 12 typical failure modes are shown.
Figure 12: Spruce specimen: Failure of 0% in the glueline.

6
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become 4.2 N/mm2, in line with the value of 4.0 N/mm2
for softwood C-classes according to EN 338.

5 ANALYSES
5.1 Failure patterns
The spruce specimen all failed in the timber, so with no
failure in the glueline or the interface of the glue with
either the steel plate or the timber. The values found in
table 3 are very much in line with the results of [3] on
spruce.
For the massaranduba specimen the failure patterns were
clearly different then for spruce. As was mentioned, EN
408 prescribes that a specimen should not have more
than 20% failure in the glueline (or the interface) to be
taken into account in the analysis.
In table 4 the difference between the shear strength
values for the pieces with 20% or less failure in the
glueline are compared with the pieces with more than
20% glueline failure. It must be noted that it is very
difficult to accurately determine the exact failure
percentages.

5.2 Influence of the steel plate taper on the
massaranduba pieces.
Based on the numerical analysis it is expected that
applying a taper will reduce the peak stresses at the
interface layer. Therefore it is expected that for the
specimens with the taper, the percentage of failure in the
interface is less than for the specimens without a taper.
In table 5 the results for the test pieces are divided
between specimen with tapered and non-tapered steel
plates. In figure 13 the individual results of all pieces are
plotted.
Table 5: Test results for massaranduba divided in specimen
with and without tapered steel plates.

Table 4: Test results for massaranduba for different glueline
failures

> 20%
glueline
failure
39
14.5

3.0

1.7

1050
61

1077
53

7.7

11.4

The 5%-values of the shear strength are calculated
according to FprEN 14358, assuming a lognormal
distribution. It is interesting to see that the 5%-values
(and also the mean values) of the pieces with no more
than 20% failure in the interface have a lower value than
the pieces with more than 20% failure in the glueline.
The 4 pieces with the lowest strength values had 0%
failure in the interface (see figure 11), and were all cut
from the same massaranduba beam.
The pieces with more than 20% failure in the glueline
might have had a higher value when the interface layer
was stronger, or it could be that in those pieces the peak
stresses at the interface became governing.
Therefore the values for more than 20% failure in the
glueline are minimum values for the shear strength of the
specimen. Because of that it seems justified to calculate
to 5%-value from all 62 pieces from table 3.
That would give a 5%-value, calculated according to
FprEN 14358 of 9.8 N/mm2 for massaranduba. For
comparison, for the 11 pieces of spruce from table 3 the
5%-value, calculated according to FprEN 14358 would

N=
Mean
shear
strength
(N/mm2)
Standard deviation shear
strength (N/mm2)
Mean % failure in the
interface (%)
Standard deviation failure
in the interface (%)

Pieces
without
tapered
steel
plates
33
13.8

2.3

2.4

30

35

23

31

20,0
18,0

16,0
14,0
shear strength (N/mm 2)

N=
Mean shear strength
(N/mm2)
Standard deviation shear
strength (N/mm2)
Mean density (kg/m3)
Standard
deviation
density (kg/m3)
5% shear strength value
acc, to FprEN 14358
(N/mm2)

<= 20%
glueline
failure
23
12.9

Pieces
with
tapered
steel
plates
29
14.1

12,0
10,0
8,0
6,0
taper 8 degrees

4,0

no taper

2,0
0,0
0

20
40
60
80
100
percentage failure in het interface timber-steel plate (%)

Figure 13: Shear test results for massaranduba plotted against
percentage failure in the interface divided in to specimens with
and without tapered steel plates.

Table 5 and figure 13 indicate that the application of the
taper to the steel plates had no effect on the shear
strength values and the percentage failure in the
interface. This might be caused by the fact that the glue,
the Sikadur 30 is applied with 3 mm thickness, in
7
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contrast to the FEM calculations, where a zero thickness
was assumed. This thickness of 3mm might reduce the
peak stresses in such a way, that the effect of the taper
diminishes.
5.3 Comparison to 5-point bending tests
In [4] a series of 5-point bending tests were performed
on spruce and a number of tropical hardwoods, among
which azobé [7], massaranduba and angelim vermelho,
all with a density of 950 kg/m3 or more. Mean shear
strength values were 17.7, 18.7 (20%) and 18.3 (20%)
N/mm2 respectively at moisture content of 30% for azobè
and about 20% for massaranduba and angelim vermelho.
For spruce at 9% moisture content, a mean shear strength
value of 9.1 N/mm2 was found. So in this case and with
these boundary conditions, the ratio between the
experimentally found shear strengths for relatively wet
hardwoods and dry spruce was between 1.7 and 2.
5.4 Relationship with other material properties.
In the current strength profiles according to EN
338:2012 there is no relationship of the shear strength
with another material property given. Based on the
results presented, it is clear that the characteristic shear
strength value of 5.0 N/mm2 for hardwood strength class
D70 is too low. It can be motivated that the shear
strength could be related to the density, because the
density gives an indication for the amount of fibers
available. The ratio between mean density and mean
shear strength is close to 80 for both species, see table 4.
Because in this test program only two wood species at
two density levels are tested, only an indication for the
relationship between the shear strength and the density
can be presented. See figure 14.
20,0
18,0

16,0

shear strength (N/mm 2)

14,0
12,0
10,0
8,0
6,0
4,0
2,0
0,0
0

200

400

600
800
density (kg/m 3)

1000

1200

1400

Figure 14: Relationship between the shear strength and the
density for the spruce and massaranduba specimen.

Figure 14 suggests a constant ratio between the shear
strength and the density of the two wood species..

6 CONCLUSIONS
When shear tests are performed on tropical hardwoods
with high density according to the configuration of EN
408 high peak shear and tension perpendicular stresses to
the grain at the interface steel-timber are expected when
a thin glue is used. Experiments have confirmed that in
that case, lower test values than for softwood can be
observed. The use of a thick-layered (3 mm) twocomponent epoxy glue like Sikadur 30 overcomes these
problems. Then also the effect of tapering of the steel
plates does become insignificant.
The test results on massaranduba show that the shear
strength value for high density hardwoods is
underestimated by the values given in EN 338 by at least
a factor of 2. This is also supported by the ratio found in
the 5-point bending tests.
The requirement in EN 408 that only test specimens with
no more than 20% failure in the interface layer between
is not supported by the test results on hardwood species
massaranduba. When all tested massaranduba specimen
are taken into account a 5%-value of 9.8 N/mm2 is
found. The shear strength values found for the spruce
specimen which were tested as a validation of the
applied method are in line with previous results from
literature.
The ratio of the shear strength with the density ratio
seems consistent for the two wood species tested and
such a dependency could be introduced in the standard.
Alternatively, equation (1) could be used with modified
constants, increasing the shear strength for high density
hardwoods more than it does now.
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FINGER-JOINT PERFORMANCE IN ENGINEERED LAMINATED
PRODUCTS MADE OF EUCALYPTUS GLOBULUS
Antonio José Lara-Bocanegra1, Almudena Majano-Majano2, Jorge Crespo1,
Manuel Guaita1
ABSTRACT: The present research focus on the performance of finger-joints for the development of novel engineered
laminated products made of Eucalyptus globulus using 1C-PUR adhesive type I suitable for outdoor use, taking the
advantages of the high mechanical properties and great natural durability that this species offers. The influence of the
elastic modulus of the eucalyptus, geometric parameters of the joint and end pressure on the finger-joint bending
strength is investigated. Also the influence of end pressure on the tip gaps is analyzed. Small tip width and high finger
length produce the best results when the gap is reduced to a minimum but avoiding contact at the finger-tip. High
characteristic strengths levels are obtained with suitable joint configuration indicating a possible strength class of
GL48c or even higher.
KEYWORDS: Finger-joint, Eucalyptus globulus, PUR, engineering laminated products, bending strength

1 INTRODUCTION 12
Engineered laminated products made from hardwoods
are becoming increasingly important in the European
market due to great stocks of this material together with
a rising in cost of softwoods.
Eucalyptus globulus is also one of the three hardwood
species produced in Europe with higher mechanical
performance together with that of beech and ash (D40,
according to EN 1912: 2012 [1]). It exhibits good natural
durability (class 2 against fungi according to prEN 3502:2014[2]) comparable to that of chestnut and oak,
making it suitable for outdoor applications. However,
there are currently no certified engineering laminated
products made of eucalyptus on the market. Even so,
recent researches have been conducted which assess the
suitability of Eucalyptus globulus for the production of
structural and non-structural glued laminated timber
focusing on processing stages and the mechanical
characterization [3,4]. The main drawback for a market
implementation to this end is the drying process which
may lead to important material deformations. Even so,
there are ongoing research projects carried out by several
companies together with the University of Santiago de
Compostela to improve the drying process in structural
boards.
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Since there is no standard governing the requirements for
engineering laminated products made of hardwood so
far, their development requires specific technical
approval. Nowadays there are few engineering laminated
products using hardwoods which have gained European
or national technical approval [5]. These products are
made of high performance species such as beech (Z-9.1679 [6]); or ones with good natural durability like
chestnut (ETA-13/0646 [7]) and oak (ETA-13/0642 [8]
and Z-9.1-821 [9]), although none of them have been
developed with type I adhesives suitable for outdoor
uses.
There is recently a high acceptance of one-component
polyurethane adhesives (1C-PUR) for the industrial use
in engineered wood products [10]. It offers enhanced
properties, e.g., fast curing at room temperature, no
formaldehyde or solvents, no mixing during processing
and invisible glue joints. There are studies about facegluing using PUR in Eucalyptus globulus by applying a
primer showing the great potential of PUR with this
species [11]. Nevertheless, there is no specific research
on finger-joint gluing in Eucalyptus globulus with any
adhesive type.
Since the strength of laminated products is determined
by the strength of the finger-joint (usually the weak point
in laminated hardwoods), developing a high performance
finger-joint becomes therefore a primary task.
Parameters such as finger-joint geometry, assembly
pressure, and strength of the joint members greatly
influence the strength of the finger-joints. Some
researches has been conducted analyzing the effect of
these parameters on the joint bending strength in
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different species of hardwoods (e.g. [12,13]), but none
on Eucalyptus globulus.
The objective of the present work is to develop a
Eucalyptus globulus finger-joint using 1C-PUR adhesive
type I suitable for outdoor use, and to optimize fingerjoint bending strength by analyzing the influence of
elastic modulus of the wood, the geometric parameters
of the joint, and the end pressure. In addition, the
influence of end pressure on the tip gaps is also studied.

2 MATERIALS AND METHODS
2.1 WOOD MATERIAL
Eucalyptus (Eucalyptus globulus Labill.) from the
Galicia region (Spain) was used throughout the present
study. Kiln-dried boards cut from heartwood (with no
juvenile wood) and with radial annual ring orientation
were prepared. This orientation minimises the strong
tendency to deform while drying of this species due to
the high shrinkage anisotropy and other specific growth
characteristics.
All the boards met the criteria for visual grading set out
in EN-56546:2013 [14] which guarantee D40 strength
class. It is worth noting that the boards were knotless.
This fact is common in Eucalytpus globulus because it
develops natural pruning, so from start knots are few and
very small.

Table 2 Matrix of R2 determination coefficients.
R2
Edyn
Estat
Estat
0.90
fm
0.31
0.26

2.2 ADHESIVE
A one-component polyurethane (1C-PUR) adhesive type
I, PURBOND® HB S109, was selected to glue the
finger-joints. It contains isocyanate pre-polymer and has
a brookfield viscosity of approx. 20000 mPa.s and a
density of approx. 1160 kg/m3. The adhesive
manufacturer limits the assembly time (open time) to 10
min. Pressure has to be exerted for at least 2 seconds.
The curing time is stated at 25 min. Final bond strength
is attained after approximately 12 hours.
2.3 SAMPLES PREPARATION
The conditioned boards were cut into samples whose
ends were machined across the width in order to obtain
horizontal finger-joints with orientation along the
tangential direction (Figure 1).
The machining of the samples was carried out by the
“Maderas Besteiro S.L.” company [16]. The selected
range of densities and Edyn varied from 561 to 1004
kg/m³, and from 14488 to 26282 N/mm2, respectively.
It is important to note that both members in every joint
were twins produced from the same board.

A total of 38 planed boards of 3100x100x30 mm3 were
conditioned at 20ºC and 65% relative humidity before
sample preparation, until equilibrium moisture content
was reached, giving an average of 12,8% MC which met
the requirement limits stated by the adhesive
manufacturer (between 8 and 18 %).
The density of all the boards was also measured, as well
as the static longitudinal modulus of elasticity in the
grain direction (Estat) conducting edge-wise bending test
under four-point loading according to EN408:2011 [15].
Also the dynamic modulus of elasticity (Edyn) was
evaluated by a non-destructive equipment, the PLG
(Portable Lumber Grader), which measures the
frequency of the longitudinal stress wave.
15 of the 38 boards were taken to failure, thereby
obtaining their bending strength (fm). The remaining 23
boards were used to prepare the finger-joint specimens.
The mechanical properties are shown in Table 1.
Table 1 Density and mechanical properties of the boards.
Edyn
fm
ρ
Estat
(N/mm2)
(N/mm2)
(N/mm2)
(kg/m3)
21225
107
Mean
769
17956
29072
126
Max
1004
24228
14488
77
Min
561
13274
3624
16
SD
104
2861
0.2
0.1
CV
0.1
0.2

Table 2 compiles the R2 correlation coefficients between
Estat, Edyn and fm.

Figure 1: Finger-jointed specimen orientation.

A total of 163 finger-jointed specimens comprise the
experimental study, which can be divided into three
batches named “A”, “B” and “C”, according to different
finger-joint configurations using two different cutter
geometries (Table 3).
A first study was carried out of batches “A” and “B”
which differ in the nominal length (L) of the cutters and
tip width (bt). A wide range of end pressures was
analysed resulting in different geometric configurations
after assembly.
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Table 3 Geometry of the cutters.
nominal
pitch
cut width
batch
length
p
bcut
ID
L (mm)
(mm)
(mm)
A
10(11)(1)
3.8
0.6
B, C
15(16.5)(1)
3.8
0.6

(1)

slope
α (º)
7.1
4.9

reduction
coefficient
υcut =bcut/p
0.16
0.16

Values in brackets correspond to the maximum finger length (lj) which
can be obtained using the respective cutter.

In order to improve the finger-joint strengths obtained in
the first set of batches “A” and “B”, several preliminary
assembly tests were carried out. For this purpose,
specimens were profiled using the same cutter as for
batch “B”, progressively varying the cutter plane
position (from 0 to 1mm every 0.1mm). Various end
pressures were applied in order to get the maximum
possible value of lj-glued, which involves an increase in the
glued area and a foreseeable improvement in finger-joint
strength.
From these preliminary assembly tests was determined
that end pressures of around 12 N/mm2 and lj values
from 16.2 to 16.4 offered good geometries after
assembly for the range of elastic moduli studied, while
also guaranteeing good blocking of the joint during glue
curing. Based on these good results, a third batch “C”
was prepared.
Figure 2 shows how varying the position of the cutter
plane leads to different finger-joint geometries before
assembly (different lj and bt). Increasing the assembly
pressure can be seen to give greater lj-glued values and
lower lt (gap).

plane was adjusted to obtain a bt of 0.68mm resulting in
a lj of 10.4mm, allowing the joint to be self-interlocking
after pressing. With this initial geometry, the fingers
were assembled by applying five end pressures (from 4
to 16 N/mm2) to obtain different values of lj-glued and lt as
specified in Table 4.
Table 4 Geometric parameters of the finger-joints before and
after assembly (average values).
Before assembly
After assembly
finger
tip
glued
gap
end
length
width
length length
ID press.
e=lt/lj
lj
bt
lj-glued
lt
(N/mm2)
(mm)
(mm)
(mm)
(mm)
4
10.4
0.68
9.5
0.9
0.085
7
10.4
0.68
9.6
0.8
0.077
A
10
10.4
0.68
9.9
0.5
0.048
13
10.4
0.68
10.2
0.2
0.019
16
10.4
0.68
10.3
0.1* 0.010

B

4
8
12
16
20

15.7
15.7
15.7
15.7
15.7

0.77
0.77
0.77
0.77
0.77

14.5
15.1
15.2
15.5
15.6

1.2
0.6
0.5
0.2*
0.1*

0.076
0.038
0.032
0.013
0.006

C

10
12
14

16.3
16.3
16.3

0.66
0.66
0.66

15.9
16.1
16.2

0.4
0.2
0.1*

0.024
0.012
0.006

*some specimens showed contact at finger ends.

Batch “B” includes 50 specimens made using 15 mm
nominal length cutters, with 3.8mm pitch, 0.6mm bcut,
and an angle of 4.9º (Table 3). In this case, the cutter
plane was adjusted to obtain a bt of 0.77mm leading to a
lj of 15.7mm. Similarly to batch “A”, different end
pressures were applied (Table 4).
Batch “C” consists of 63 specimens profiled using the
same cutter geometry as “B”, but with a bt of 0.66mm, lj
of 16.3mm and a range of end pressures from 10 to 14
N/mm2 (Table 4).
Before assembly the MC of all the specimens was
measured once more to ensure that its value was within
the range from 8 to 18 % as required by the adhesive
manufacturer. The MC difference between the two
bonded parts was also checked to ensure that it was less
than 4%.
The samples were glued immediately after fingermachining. A one-face glue-line was applied manually,
checking that the adhesive run over the four faces of the
specimen as stipulated by EN-14080:2013 [17].
Pressure was gradually applied by a laboratory machine
until the target end pressure was reached, which was
then held for 5 seconds.

Figure 2: Finger-joint geometry before and after assembly.

In detail, batch “A” consists of 50 specimens prepared
using 10 mm nominal length cutters with 3.8mm pitch,
0.6mm bcut, and an angle of 7.1º (Table 3). The cutter

An example of the specimen gluing process is shown in
Figure 3. This was performed in the Timber Engineering
Laboratory of the University of Santiago de Compostela
(Spain).
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3 RESULTS
The finger-joint bending strengths relative to each end
pressure in the three experimental batches are shown in
Figure 6. The boxplot represents the 25% and 75%
percentiles, the circles symbolise the mean values and
the black lines display the whole range of values
obtained.
The best performance is obtained for batch “C”,
corresponding to the finger-joint series with the highest lj
(16.3mm) and the lowest bt (0.66mm). In this batch, 12
N/mm2 of end pressure leads to the best results and less
dispersion since it produces maximum bonding surface
values and minimum gaps without contact at the fingertip.

Figure 3: Pressing process of the finger-joints.

Specimens after gluing conforming batch “C” are shown
in Figure 4. 72 h after assembly, the specimens were
planed to their final cross-section of 80x19mm and
subjected to bending tests.

Figure 6: Finger-joint bending strengths. Boxes represent the
25% and 75% percentiles; the circles represent mean values.

Figure 4: Glued specimens of batch “C”.

2.4 TEST SET-UP
For each configuration the joint bending strength was
determined by four-point flatwise bending tests
according to EN 408:2011 [15] as shown in Figure 5.

Four different failure modes can be distinguished in the
bending tests as shown in Figures 7-10 by way of
representative specimens. Most of the failures matched
mode I occurring cleanly along the bondline surfaces of
the joint profile, making it the main failure of the
experimental campaign. Mode II was the second most
abundant failure. Mode III and Mode IV were the less
representative failures from the whole experimental
research.

The span of the specimens (285mm) corresponded to 15
times their depth (19 mm), with the finger-joint at the
centre. Loads were applied at a distance of 6 times the
depth of the specimen from each other. The tests were
displacement controlled with 1.5 mm/min up to failure.

Figure 5: Bending test set-up.

Figure 7: Failure Mode I, along the bondline surface
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In Table 5 the maximum, mean and minimum fingerjoint strength values from batch “C” are compared to the
strengths of the boards tested without finger-joints.
Table 5 Max, min and mean values of bending strength from
specimens with and without finger-joints
Bending strength (N/mm2)
Mean
Max
Min
77
Boards without finger-joints
107
126
Finger-jointed samples (batch C)
84
101.7 65.3

Figure 8: Failure Mode II, mostly along the joint profile but
with some failure at the finger roots

The aforementioned strength values of boards without
finger-joints correspond to 100mm high samples, as
described in paragraph 2.1. These results could even be
higher in 19mm high specimens due to size effects. The
finger-joint strength values obtained in this research
could be improved even more by the development of
adhesives that produce joints which do not fail along the
glue-line and make it posible to equal the performance of
solid wood.
It is of interest to present some examples of the gaps
which arose in each end pressure and batch configuration
(Figures 11-13).

Figure 9: Failure Mode III, mostly at the finger roots

Figure 11: Finger-joint examples from batch “A” for the end
pressures 4, 7, 10, 13 and 16 N/mm2 (from left to right).

Figure 12: Finger-joint examples from batch “B” for the end
pressures 4, 8, 12, 16 and 20 N/mm2 (from left to right).

Figure 10: Failure Mode IV, at the finger roots progressing
away from the joint

It is worth mentioning that none of the specimens failed
in wood completely away from the joint as normally
happens in softwood finger-joints. This is an ideal mode
of failure, making it possible to assume finger-joint
strengths of at least the same value as wood strength.

Figure 13: Finger-joint examples from batch “C” for the end
pressures 10, 12 and 14 N/mm2 (from left to right).
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As can be seen, the highest end pressures in each batch
lead to contact at the finger tip that even caused cracks in
some of the specimens.
Low end pressure values resulted in large gaps at the
finger tips. The mean values of the tip gap (lt) and the
relative tip gap e=lt/lj are compiled in Table 4.
Current European codes for glulam, EN 14080:2013
[17], and for structural finger jointed solid timber, EN
15497:2014 [18], limit relative tip gap values e=lt/lj to a
range from 0.01 to 0.08 after assembly.
This limitation means that very large gaps or contact at
the finger tips must not be accepted. Therefore too low
and too high end pressures should be avoided, in
particular end pressures of 4 and 16 N/mm2 in finger
geometries such as batch “A”, 16 and 20 N/mm2 for
configurations like batch “B”, and 14 N/mm2 for
geometries such as batch “C”.

Figure 14: Edyn of the laminations versus finger-joint
characteristic bending strength for batch “A”.

In addition, EN 15497:2014 [18] (for poplar and
softwoods) recommends values between 1.1 and 1.2
(both inclusive) for the ratio bt/bcut. Values less than 1.1
may lead to joints with insufficient locking during glue
curing. Values greater than 1.2 could result in geometries
which might cause cracks in the finger roots during
pressing due to excessive bt. The bt/bcut ratios obtained
for the different test batches are shown in Table 6.
Table 6 bt /bcut ratios for the three batches
bt
bcut
Batch A
0.68
0.6
Batch B
0.77
0.6
Batch C
0.66
0.6

bt/bcut
1.13
1.28
1.10

Figure 15: Edyn of the laminations versus finger-joint
characteristic bending strength for batch “B”.

The tested specimens only had cracks in some of the
fingers in batch “B” (16 and 20 N/mm2) which showed
contact between the finger tip and root (Figure 12).
However, no cracks were observed in the specimens
with gaps in which there was no contact. This suggests
that the recommendation to limit bt/bcut to 1.2 may be
increased in Eucalyptus globulus.
The best compromise was found in the range from 10 to
12 N/mm2 end pressure with the finger geometry of
batch “C” (Figure 13) which corresponds to the lowest
bt. This configuration makes it possible to obtain the
smallest possible gap without causing contact at the
finger-tip and ensuring interlocking.
The relationship between finger-joint characteristic
strengths and the dynamic modulus of elasticity Edyn of
the laminations was also analysed in the three batches.
The results are shown in Figures 14-16, including the
linear tendencies for the different end pressures and
respective R2 values.

Figure 16: Edyn of the laminations versus finger-joint
characteristic bending strength for batch “C”.

A general increase in finger-joint bending strength with
increasing Edyn of the eucalyptus can be seen. Good
correlations between both parameters were obtained in
most of the series. However, some other correlations
were not so good, making it desirable to further increase
the experimental campaign to gain better statistical data.
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The finger-joint characteristic bending strengths of
Eucalyptus globulus are shown in Figure 17 in
comparison with the requirements of finger-joint
strengths specified in European standard EN-14080:2013
[17] for glulam GL32h (softwood), and also with the
value set in the European technical approvals for
hardwood glulam: Spanish 13/0646 (Chesnut GL30c) [7]
and 13/0642 (Oak GL32c) [8]; and German Z-9.1-679
(Beech GL40c and GL48c) [6].
As can be seen, for all finger-joint configurations the
bending strength values of Eucalyptus globulus
successfully achieve the characteristic strength of 41
N/mm2 required for the highest softwood strength class.
Some configurations lead to strengths above 60 N/mm2,
making it possible to reach strength class GL40c
according to the strength class of Eucalyptus globulus
(D40). Two configurations offer values above 70
N/mm2, which in all likelihood would provide a strength
class equivalent to GL48c.

were analyzed. A small tip width (bt) and high finger
length (lj) produce the best results when the gap is
reduced to a minimum (1% of lj) but avoiding contact at
the finger tip. In this situation lj-glued is maximum and the
reduction coefficient is minimum.
Although the finger-joint strengths achieved throughout
the present study are very high, they do not reach solid
wood strengths since failure never occurs in wood
completely distant from the joint. Therefore further
improvements in the adhesive may lead to greater
strengths.
Good correlations between finger-joint strength and
lamella dynamic modulus of elasticity were obtained in
most cases. However, a broader study would provide
better statistical data. It is recommended that a further
classification based on the modulus of elasticity be
added to the visual grading criteria of lamellas, in order
to have different qualities of lamellas for use in
combined laminated products.
Studies on the finger-joint strength durability of high
strength and low lt configurations are under
development.
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HIGH-CAPACITY HOLD-DOWN FOR TALL TIMBER BUILDINGS
Xiaoyue Zhang1, Marjan Popovski 2, Thomas Tannert3
ABSTRACT: The structural use of wood in North America is dominated by light wood-frame construction used in
low-rise and – more recently – mid-rise residential buildings. Mass timber engineered wood products such as laminatedveneer-lumber and cross-laminated timber (CLT) panels enable to use the material in tall and large wood and woodbased hybrid buildings. The prospect of constructing taller buildings creates challenges, one of them being the increase
in lateral forces created by winds and earthquakes, thus requiring stronger hold-down devices. This paper summarises
the experimental investigation on the performance a high-capacity hold-down for resisting seismic loads in tall timberbased structural systems. The connection consists of the Holz-Stahl-Komposit-System (HSK)™ glued into CLT with
the modification that ductile steel yielding was allowed to occur inside the CLT panel. The strength, stiffness, ductility
and failure mechanisms of this connection were evaluated under quasi-static monotonic and reversed cyclic loading.
The results demonstrate that the modified hold-down-assembly provides a possible solution for use in tall timber-based
structures in high seismic zones.
KEYWORDS: Wood Structures, HSK system, Cyclic Testing, Tall Wood Buildings, Hold-downs for seismic loads

1 INTRODUCTION 12
1.1 TALL WOOD BUILDINGS
Timber-based hybrid structures are excellent candidates
for use in mid- and high-rise residential and commercial
applications [1]. Compared to other materials, one of the
advantages of using timber as structural material in tall
buildings is the reduction in weight, which leads to
potential reduction in foundation cost. Less weight, in
general, also means lower lateral seismic forces.
In tall wood buildings, however, large overturning forces
can develop especially in high wind and high seismic
areas, as a lower structural mass leads to less inherent
resistance to overturning forces. Since overturning can
be the limiting factor for the hold-down and foundation
design, the overturning resistance for tall timber-hybrid
structures needs to be addressed, either by reducing the
uplift forces or by improving the hold-down solutions.
To provide resistance against the overturning moment,
anchors or hold-downs are installed at the bottom of the
wall elements [2]. The hold-downs have to be able to
transfer the vertical forces to the foundation slab in order
to prevent overturning of the building.

1
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1.2 HOLD-DOWN SOLUTIONS
Different types of anchorage systems are available for
wood buildings. For houses and low-rise wood-frame
structures, straps that emerge from the foundation can be
attached to the shear walls. Other conventional solutions
for low-rise structures are proprietary off-the-shelf holddowns. Multi-story structures, especially those with large
windows and wide open spaces, have less space
available for placement of hold-downs and higher forces
to transfer, so the use of traditional restraints can be
limited. In such cases continuous steel rods have to be
use to meets these demands.
In taller wood and wood-hybrid buildings high-capacity
hold-down solutions that maintain the structural integrity
need to be developed. Schneider et al. [3] developed a
novel tube connector that could be used in hold-down
applications in mass timber structures. This connector
consists of hollow steel tubes placed inside CLT panels
and can avoid significant damage to wood. It has high
initial stiffness while providing adequate ductility. Also,
it is easy to manufacture, install, inspect and replace.
The Holz-Stahl-Komposit-System (HSK)™, which is
based on adhesively bonded perforated steel plates, is
another option for hold-downs. The capacity of an HSK
connection is governed by the minimum of: i) the steel
plate, ii) the adhesive bond, and iii) the wood capacity. It
can be designed to produce ductile steel failure in the
range of ultimate load under static as well as dynamic
loading [4]. The connector has been applied in several
tall building projects such as the Wood Innovation
Design Centre in Prince George, which is currently
North America’s tallest contemporary wood building [5].
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The geometric parameters of a typical perforated steel
plate are shown in Figure 1. The holes in the plate are
filled by the adhesive after insetting it into the wood,
forming so-called “adhesive dowels” (AD). The
“adhesive bond capacity” is based on the sum of the
individual AD capacities. The links between the plate
holes, called steel links (SL), determine the ductile steel
plate capacity.

Figure 1: Geometry parameters of perforated steel plate

2 EXPERIMENTAL INVESTIGATIONS
2.1 OBJECTIVES
In the conventional HSK design, as shown in Figure 2
(left), the perforated steel plates are welded to a sectionreduced steel side plate which provides the ductile fuse
for capacity design. This design, however, hasn’t been
used in timber structures located in high seismic zones
due to lack of research under cyclic loading.
Furthermore, the section-reduced steel side plates can
buckle in compression during the rocking of the walls,
thus having potential negative impact of the overall
stability of the structure.
The objective of the research presented in this paper was
to experimentally investigate the performance of
modified HSK connectors in a hold-down application.
The HSK assembly was modified by covering two rows
of holes with duct-tape, as shown in Figure 2 (right), so
that in these rows no adhesive bond is formed and
yielding can happen in the steel plate that is inside the
wood. This modification allows for a primary yield
mechanism to form inside the connection assembly
which is restrained from buckling.

2.2 MATERIALS/METHODS SMALL-SCALE TESTS
For introduction of any novel connection, the first step is
to understand the properties of the considered materials.
Consequently, three different series of quasi-static
monotonic tension tests were conducted to determine the
main connector properties. All tests were conducted in
Material Engineering Laboratory at the University of
British Columbia (UBC): (i) tests to determine the
strength of the perforated steel plates (series 1-1); (ii)
tests to determine the strength of the adhesive bond
(series 1-2); and (iii) tests to validate the connector
properties (series 1-3).
The perforated steel plates were Grade S275 with a
uniform hole size of diameter d=10mm. The length of
the SL was 5mm and the thickness of the plate was
2.55mm. The wood was Douglas-Fir 20f-E glulam with
an average density of 530kg/m3 and conditioned to a
moisture content of 11% (+/-2%). The adhesive was a
two-component polyurethane adhesive (CR-421® by
Purbond®) which is common for on-site applications.
In series 1-1, the perforated steel plates were clamped in
the test machine (Figure 3 left), and the load was applied
at a constant rate of 2mm/min until failure. The applied
force and displacement were recorded. The loaddisplacement curves allowed determining the yield and
ultimate strength of the connections as well as
computing the ductility µ as a ratio of ultimate
displacement to yield displacement. The connection
stiffness Ke was calculated as ratio of load difference
(0.4Fmax - 0.1Fmax) to displacement difference (0.1Dmax –
0.1Dmax).
For series 1-2 and 1-3, the preparation of specimens
consisted of five steps: 1) cutting a slot in timber
specimen; 2) cutting the HSK plate to the required
length; 3) placing the steel plate into the slot and gluing;
4) curing of the test specimen; and 5) placement of the
specimen in the test apparatus (Figure 3, right). Series 12 consisted of 6AD glued into the wood, while series 1-3
consisted of 15AD. Figure 4 shows the specimen
geometry for series 1-2 and 1-3. The specimens were
loaded at a constant rate of 2mm/min until failure and
the force and displacement were recorded.

Figure 2: HSK Hold-down: conventional (left); modified
(right)
Figure 3: Test set up: Series1-1 (left) and Series 1-2,3 (right)
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series 1-1, on perforated steel plates (Figure 6 top),
confirmed the ductile failure mode of the steel.
In series 1-2, the failure mode was brittle timberadhesive interface failure, with the maximum force being
the capacity of the 6AD. The expected capacity for 1AD
was 1.2kN based on previous tests [4], with the
characteristic 5th percentile value of 0.8kN. Having said
this, and having in kind that in series 1-2, there were
6AD and 4SL in the tensile loading direction, the
predicted yield force should have been approx. 14.4kN,
while the total AD capacity should have been 7.2kN.
Based on the tests results, the capacity for each AD was
determined to be 1.7kN which was significantly larger
than the expected capacity of 1.2kN. The ductility ratio
obtained was only 1.1, which confirmed the brittleness
of the adhesive failure.
Figure 4: Specimen geometry: Series 1-2 (left) and Series 1-3
(right). All dimensions in mm.

2.3 RESULTS FROM SMALL-SCALE TESTS
Figure 5 shows the typical failure modes for all three test
series. The failure mode of the perforated steel plate
(series 1-1) was yielding of the steel taking place in the
SL between the holes (Figure 5, left). Figure 5 (middle)
shows that the failure mode in series 1-2 was brittle
rupture of the adhesive bond with subsequently pull-out
of the perforated steel plate. The design of series 1-3
aimed to achieve ductile failure governed by the SL
capacity and not the AD capacity. The failure mode,
damage of the steel mesh, is shown in Figure 5 (right).
The shape of force displacement curve is very close to
the curve of tension tests on steel plate (series 1-1)
confirming the ductile steel failure.

Figure 5: Failure mode after the test: a) series 1-1(left); b)
series 1-2(middle); c) series 1-3(right)

Table 1 summarizes the results. The yield strength σy and
maximum strength σmax obtained were 289Mpa and
350Mpa, respectively. These two values are very close to
design strength of the S275 steel grade. Knowing the
yield and ultimate strength of the material, it is an easy
task to calculate the yield and maximum force for one
SL under tensile loading, subsequently labelled Fy,SL,t
and Fmax,SL,t respectively. The calculated values for Fy,SL,t
and Fmax,SL,t were 3.6kN and 4.4kN, respectively.
Figure 6 shows the load-displacement curves of the two
replicates for each test series. The curves obtained from

Figure 6: Force-displacement curves: Series 1-1 (top); Series
1-2 (middle); Series 1-3 (bottom)
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In series 1-3, there were 15AD and 3.4SL in the tensile
loading direction which means the predicted yield force
was 12.2kN, the SL capacity was 15.0kN, and the AD
capacity 25.5kN. The tests confirmed that the desired
steel failure can be obtained when the design AD
capacity is larger than the manufacturer’s design SL
capacity. In the tests, Fy,SL,t and Fmax,SL,t were 3.6kN and
4.5kN, which is the same as the expected values based
on the results obtained from series 1-1. The obtained μ
was also similar to that of series 1-1 which demonstrates
the ductile steel plate failure mechanism.

Four series of connections were prepared and
subsequently tested, see Table 2. Series 2-1 used the
short steel plates with two rows covered by duct tape
embedded into a perpendicular to grain wood grain of a
3-ply CLT panel. Series 2-2 also used the short steel
plate but here the plate was embedded into the parallel to
grain wood layer of 5-ply CLT panel. Series 2-3 used
long steel plate embedded into the perpendicular layer of
3-ply CLT. Series 2-4 used long steel plate embedded
into the parallel layer of 5-ply CLT.

Based on the small-scale tests, the obtained yield force
for 1SL under tensile loading (Fy,SL,t) and maximum
force for 1SL under tensile loading (Fmax,SL,t ) are 3.6kN
and 4.4kN, respectively. The AD capacity (Fmax,AD) is
1.7kN. These data helped with the design of the quasistatic monotonic and reversed cyclic tests on woodbased connections with perforated steel plates.

For manufacturing, first, one half of the steel plate was
embedded and glued into the slot of one CLT panel.
Duct tape and plastic sheet were placed between the
contacting surfaces of two CLT panels to eliminate
friction between them and stop the excess adhesive from
gluing the two CLT panels together. After two days, the
exposed perforated steel plate was inserted into the slot
of the second CLT panel which was filled with adhesive.
Specimens were then left to cure for at least one week
before testing.

As the HSK hold-down connection studied here is
intended for application in high-rise mass timber
structures, cross laminated timber (CLT) was used as
material for the connections. CLT panels (3-ply and 5ply), grade V2M1, supplied by Structurlam Products Ltd.
and fabricated according to ANSI/APA PRG 320-2012
[6] were used. The wood species was SPF No.1/No. 2,
with a density of 420~450kg/m3, bonded by Purbond
polyurethane; the moisture content was 12% (+/-2%).

To investigate the pure in-plane shear resistance of the
connection (aligning the resultant force of loading and
support), the test specimens were rotated by 14.5º,
similar to the recommendations in EN0408 [7], see
Figure 8 (left). This test set up was successfully applied
in previous research under quasi-static monotonic
loading [8]. Considering the 14.5º angle, the shear force
in the connection can be computed by dividing the
applied load by the cosine of the angle.

Two connections with two sizes were designed. The
steel plate in the short connection contained 10 by 8
holes with 11SL in one row where the middle two rows
covered by duct tape, one in each CLT member (Figure
7, left). The steel plate in the long connection had 22 by
7 holes with 23SL in one row, while only one middle
row was covered by the duct tape (Figure 7, right).

The monotonic tests were performed under displacement
controlled loading rate of 2 mm/min. Linear Variable
Differential Transformers (LVDT) were attached to the
test specimens to record the relative displacement
between the two CLT panels along the shear plane, see
Figure 8 (right). The monotonic tests were carried out
utilizing the Baldwin® universal testing machine
(400kN capacity) in the UBC Structures Lab.

2.4 SHEAR CONNECTION TESTS

The setup of reversed cyclic tests was similar to
monotonic test, as shown in Figure 9 (right). The
CUREE basic loading protocol [9] was used with the
average maximum displacements obtained from
monotonic tests chosen as the target displacement for the
cyclic tests. The tests were carried out utilizing a MTSFlexTest® Controllers System (250kN capacity) in the
UBC Wood Mechanics Lab and were performed under
displacement controlled loading at a rate of 1 mm/sec.
In addition to the metrics determined in the monotonic
tests, also energy dissipation (ED) was computed. ED
represents the total energy dissipation which was
calculated as the area within the hysteresis loop under all
the load cycles. ED is an indicator to compare the
seismic performance for different test series [10].

Figure 7: Perforated steel plates in mid-scale tests: short
plates with 11SL and two rows covered duct tape (left) and
long plates with 23 SL and one row covered duct tape (right)
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Figure 10: Displacement between two CLT panels

Figure 8: Specimens for monotonic tests: configuration (left)
and photo (right)

The load-displacement curves from all four series are
illustrated in Figure 11. Table 2 summarizes the results
with Fy,SL,s representing the yield force for one SL under
shear loading and Fmax,SL,s representing the maximum
force for one SL under shear loading, Ke,SL,s is the
stiffness for one SL. The results conclusively
demonstrate that there is no significant difference
between specimens where the mesh was glued in parallel
to the grain (5-ply CLT) or perpendicular to the grain (3ply CLT) for both short and long plates. This is because
the AD capacity exceeded the SL capacity to obtain a
ductile failure mechanism. The adhesive bond between
CLT panel and plates can be considered rigid.
The total yield force Fy, maximum force Fmax, and
stiffness Ke, from the specimens with long steel plate
were almost twice the values for those with short steel
plates closely, matching the ration of numbers of SL (23
for long plates and 11 for short plates). The values per
SL (Fy,SL,s, Fmax,SL,s and Ke,SL) confirm this finding.

Figure 9: Specimens for reversed cyclic tests: configuration
(left) and photo (right)

2.5 RESULTS FROM MONOTONIC TESTS
In the monotonic tests, the force was applied to the
specimens until they failed. After the test, the relative
movement between the two CLT panels can be observed
as shown in Figure 10. The specimens from test series
with two rows covered by duct tape exhibited much
bigger displacements (approx. 30 mm) compared to the
specimens from test series were only one row was
covered by duct tape (approx. 17 mm). These
displacements represent the movement of the perforated
steel plate inside the CLT panel.

The maximum displacement and ductility exhibited a
different trend and were twice higher than for the
specimens with short steel plates. This relation, however,
is not caused by the length of the steel plates (the
number of SL or AD) but exclusively by the number of
rows covered by duct tape. Figure 12 shows the failure
mechanism of steel plate with two rows of covered duct
tape and one row covered duct tape. Figure 12 (top)
shows that the displacement happened in the rows of
holes that were covered by the duct tape. These holes
and the adjacent SL can deform freely. For the long
perforated steel plate, only one row of holes can deform
and the rest of the plate is very stiff, as shown in Figure
12 (bottom). As the ultimate displacement depends on
the number of the free rows and the displacement of each
row is almost the same, the ductility and displacement
capacity of the connection is governed by the number of
rows that covered by the duct tape. The proportional
relationship can be observed as the ductility of the
connections with two free rows of holes is almost twice
that of the connections with one free row.
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Table 1: Results from small-scale test

Series

# SL

# AD

1-1

2

0

1-2

4

6

1-3

3.4*

15

Fy
[kN]

Fmax
[kN]

σy
[Mpa]

σmax
[Mpa]

Ke
[kN/mm]

μ
[-]

Fy,SL,t
[kN]

Fmax,SL,t
[kN]

7.1

8.4

280

331

5.2

3.8

3.6

4.2

7.4

9.0

282

353

6.3

4.1

3.7

4.5

Fmax,AD
[kN]
-

-

10.2

-

-

5.3

1.2

-

-

1.7

-

10.4

-

-

8.4

1.1

-

-

1.7

11.5
12.5

14.2
16.0

273
278

338
359

9.4
9.0

3.9
4.2

3.5
3.6

4.3
4.6

-

Note: * The number of SL is calculated based on the actual specimen geometry after manual cutting of the steel plates.

Table 2: Results from monotonic test

Series

#
SL

# AD
rows

wood
embed.

2-1

11

2

Perp.

2-2

11

2

Par.

2-3

23

1

Perp.

2-4

23

1

Par.

Average

Average

Fy
[kN]
22.8
22.2
24.0
22.5
23.1
50.2
54.5
51.2
54.9
52.7

Dy
[mm]
0.8
0.9
1.0
0.9
0.9
1.1
0.8
0.9
0.7
0.9

Fmax
[kN]
42.7
43.3
43.3
40.6
42.5
86.0
84.4
89.4
86.3
86.5

Dmax
[mm]
17.2
22.7
21.4
18.8
20.0
15.8
12.1
13.9
10.2
13.00

Du
Ke
µ
[mm] [kN/mm] [-]
27.3
44.7
33.7
29.8
42.1
32.0
28.1
48.9
29.6
27.4
40.9
31.9
28.1
44.2
31.8
19.7
84.5
18.1
14.4
113.0 17.3
16.9
95.5
16.0
11.2
81.4
15.8
15.5
93.8
16.8

Fy,SL,s Fmax,SL,s Ke,SL.s
[kN]
[kN] [kN/mm]
2.1
3.9
4.1
2.1
3.9
3.8
2.2
3.9
4.4
2.1
3.7
3.7
2.1
3.9
4.0
2.2
3.7
3.7
2.4
3.7
4.9
2.2
3.9
4.2
2.4
3.8
3.5
2.3
3.8
4.1

Table 3: Results from cyclic tests

Series

2-1

2-2

Average

2-3

2-4

Average

Fy

Dy

Fmax

Dmax

Du

Ke

[kN]

[mm]

[kN]

[mm]

[mm]

[kN/mm]

+28.8
-22.2
+21.5
-19.2
+25.6
-24.5
+29.2
-24.7
+26.3
-22.7

+0.4
-0.6
+0.5
-0.6
+0.5
-0.7
+0.7
-0.8
+0.5
-0.7

+32.1
-32.6
+34.6
-32.7
+34.1
-34.1
+34.3
-33.6
+33.8
-33.3

+4.2
-6.6
+4.8
-5.2
+4.8
-6.4
+4.8
-7.0
+4.7
-6.3

+6.8
-6.6
+7.6
-7.8
+7.6
-6.4
+7.0
-8.8
+7.3
-7.4

+61.5
-40.4
+50.3
-50.3
+50.1
-34.8
+40.4
-33.5
+50.6
-39.8

+49.8
-60.0
+58.1
-47.3
+60.5
-53.2
+58.9
-51.7
+56.8
-53.1

+0.6
-0.5
+0.6
-0.7
+0.7
-0.7
+0.7
-0.7
+0.6
-0.6

+86.9
-73.6
+81.2
-74.9
+85.2
-76.7
+83.4
-75.3
+84.2
-75.1

+7.3
-4.1
+5.2
-7.4
+4.8
-6.5
+4.6
-6.4
+5.5
-6.1

+7.3
-4.1
+5.2
-7.4
+4.8
-6.5
+4.6
-6.4
+5.5
-6.1

+142.7
-133.3
+136.5
-120.7
+143.3
-156.0
+133.5
-120.7
+139.0
-132.7

Fy,SL,s

Fmax,SL,s

Ke,SL,s

ED

[kN]

[kN]

[kN/mm]

[kN*mm]

+17.0
-11.0
+15.2
-13.0
+15.2
-9.1
+10.0
-11.0
+14.4
-11.0

+2.6
-2.0
+2.0
-1.7
+2.3
-2.2
+2.7
-2.3
+2.4
-2.1

+2.9
-3.0
+3.1
-3.0
+3.1
-3.1
+3.1
-3.1
+3.1
-3.0

+5.6
-3.7
+4.6
-4.6
+4.6
-3.2
+3.7
-3.1
+4.6
-3.6

+13.4
-9.1
+9.5
-10.6
+6.9
-9.0
+7.1
-9.1
+9.2
-9.5

+2.2
-2.6
+2.5
-2.1
+2.6
-2.3
+2.5
-2.3
+2.5
-2.3

+3.8
-3.2
+3.5
-3.3
+3.7
-3.3
+3.6
-3.3
+3.7
-3.3

+6.2
-5.8
+5.9
-5.3
+6.2
-6.8
+5.8
-5.2
+6.0
-5.8

µ

Note: + indicates the positive side and - indicates the negative side of the hysteresis loop

2851
3399
3114
2890
3064
3968
3266
3546
3316
3524
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2.6 RESULTS FROM REVERSED CYCLIC TESTS
Figure 13 shows typical hysteretic curves obtained from
the cyclic tests for the four series of connections. Results
from the cyclic tests for both positive and negative
envelopes are also summarised in Table 3.

Figure 11: Force displacement curve for series 2-1 and 2-2
(top) and series 2-3 and 2-4 (bottom)

Figure 12: Failure mechanism under monotonic loading:
Short plate with two rows covered by duct tape (top); Long
plate with one row covered by duct tape (bottom)
Figure 13: Hysteresis loops and first cycle envelope curves of
a) Series 2-1; b) Series 2-2; c) Series 2-3; d) Series 2-4
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The results demonstrated, similar to the findings from
the monotonic tests, that there was little difference in the
performance of the HSK connection when glued-in
parallel or perpendicular to the grain. The yield load,
capacity and stiffness, Fy, Fmax and Ke, depended entirely
on the number of SL given a sufficient number of AD.
Comparing the shear capacity of 1SL under monotonic
and cyclic loading, the average values of Fy,SL,s are
similar (2.2kN and 2.3kN). For Fmax,SL,s, there was some
reduction (14%) in the cyclic compared to the monotonic
performance (3.3kN vs. 3.8kN). This reduction is caused
by low-cycle steel fatigue [11]. The average value of
Ke,SL,s under cyclic loading was similar to that in
monotonic loading (5.0kN/mm vs. 4.1kN/mm).
With respect to ductility, specimens with two rows
covered by duct tape (series 2-1 and 2-2) reached higher
values comparing to specimens which only had one row
covered (series 2-3 and 2-4). This trend is similar to the
one obtained in the monotonic tests. The difference,
however, was only 1.35 times (µ=12.7 for specimens
with two rows covered vs. µ=9.3 for specimens with one
row covered), and all ductility ratios decreased when
compared to the values obtained in the monotonic tests.
This reduction in ductility (and also maximum obtained
deformations) under reversed cyclic loading is again
postulated to be caused by low-cycle fatigue.
In terms of energy dissipation, the long specimens only
dissipated 15% more. This is caused by the combination
of higher capacity but smaller displacements. In the
specimens with long plates, there was only one row of
AD covered by duct tape while in the specimens with
short plates, two rows where covered.
In the monotonic tests, the maximum displacement was
proportional to the number of rows covered by duct tape.
In cyclic tests, however, this was not the case. The
maximum displacements were similar for connections
with one or two covered rows. The reason can be
explained by observing the failure mechanism shown in
Figure 14. The low-cycle fatigue which led to a complete
separation of the steel plate before any differences in
deformation capacity between test series could have
manifested themselves.

Figure 14: Failure Mechanism under revised cyclic loading

3 CONCLUSIONS
This paper contains the results from the experimental
investigation of the performance of modified HSK
connections that have a potential to be used as highcapacity hold-downs in tall wood buildings.

Based on the results presented in this paper, the
following conclusions to be drawn:
1) The modified HSK connector has high initial stiffness
while providing large ductility as long as the adhesive
dowel (AD) capacity is designed to be larger than the
steel link capacity (SL).
2) Both capacity and stiffness can be reliably predicted
based on the steel properties, the number of SL and the
number of AD.
3) When embedded in CLT, the layer orientation has no
influence on the connector performance.
4) The ductility of the connection can be improved by
covering AD rows with duct tape to facilitate steel
plastification inside the CLT panels.
Ongoing research at UBC addresses the application of
the modified HSK connector in hold-down applications
for full-scale CLT shear-walls.
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MULTIPLE TENONS – EXPERIMENTAL STUDY ON LOAD-BEARING
CAPACITY AND DEFORMATION CHARACTERISTICS
Timo Claus1, Werner Seim2, Bernd Schröder3
ABSTRACT: Modern joinery machines are able to produce precise and complex wood-to-wood connections on a high
prefabrication level. For this work, multiple tenon joints were tested to assess the load-bearing capacity and deformation
characteristics. Four different geometries of tenon set-ups have been tested. The evaluation of the results shows
significantly higher load capacities of multiple tenon joints compared to traditional mortise and tenon geometries. The
deformation characteristics show that relocation of loads takes place if the bending capacity of the tenons is guaranteed.
Failure of multiple tenon joints occurs with high deformations within the connection. The investigations show the high
potential of multiple tenons compared to wood-to-wood connections used currently. Preliminary calculations of mortise
and tenon joints show no satisfying accordance with experimental data.
KEYWORDS: multiple tenon, joinery machines, Eurocode 5, fracture mechanics

1 INTRODUCTION 123
1.1 MOTIVATION
Computer numerical controlled (CNC) production
methods, on the one hand, and new timber-based
materials, such as beech Laminated Veneer Lumber
(LVL), on the other hand, are leading to new application
possibilities for traditional timber joints. Comparatively
simple wood-to-wood joints support higher rates of
prefabrication along with lower material and wage costs.
Although the mortise and tenon joint for transversal
force has already been rediscovered by users of joinery
machines, the load capacity of this traditional beam
connection has not yet been well investigated.

Figure 1: Face geometry of all experimental series.

This is leading back to the mechanical properties of the
material, as well as to the precision of manufacturing
processes including CNC milling, storage and assembly
of the timber elements.
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1.2 STATE-OF-THE-ART
There is no provision in Eurocode 5 [1] showing how to
calculate tenons under shear force. The regulations of the
German annex of Eurocode 5 [2] are based mainly on the
experimental data from Schelling and Hinkes as
investigated in 1985 [3]. Design formulas are derived
with reference to notched supports and do not consider
real failure mechanisms. There is no actual experimental
data for mortise and tenon connections available which
consider the rounded geometries caused by the CNC
milling process. Furthermore, Jockwer et al. [4] stated
that experimental data of large applied geometries of
notched supports is nonexistent.
Rebstock [5] and Enders-Comberg [6] discussed typical
CNC fabricated geometries of wood-to-wood
connections. Both of them tested the geometries of
connections which are not covered by Eurocode 5 [2].
Regulations of the German annex [2] are restricted to the
specific tenon geometries and are not connected to the
failure modes. This makes any transfer to modified
geometries impossible.
Experimental
data
shows
that
wood-to-wood
connections lead to a high load-carrying capacity along
with deformations. Thus, the CNC manufactured
connections are a practical option for transversal as well
as for tension and compression forces, as Wanninger et
al. demonstrated [7].
Previous investigations present a large collection of
ideas concerning the possibilities of form-fitting timber
connections, while the deviation of generalized design
formulation is an exciting challenge.

WCTE 2016 e-book | 702

2 MODIFIED TENON GEOMETRY
The traditional tenon geometry has been used in different
cultures all over the world for centuries. It enables the
transfer of transversal or compressive forces between
two members due to contact.
However, a brittle failure characteristic is unfavourably
predominant. High peaks of transversal tensile stresses at
the notched corner lead to a crack initialisation. If the
transversal tensile strength is firstly exceeded at the
mortise, the crack will grow parallel to the grain at the
bottom corner.
Based on the knowledge about the characteristics of
traditional single tenon joints, it seems logical to reduce
tensile stresses by load distribution from one to multiple
tenons. Furthermore, it was aimed to limit the reduction
of bending moment capacity of the main beam by not
increasing the added tenon volume (Figure 1).
A first test series was designed for two different sections
(TS and TM) with one to four tenons. The two
geometries of each section type were related by the same
total area of the contact surface and the same total tenon
volume. The cross-section between the series TS and
TM was scaled by a factor of 1.6. The relation of the
tenon height within the series is 2:1 (Figure 1).

3 PRELIMINARY DESIGN
Preliminary design was carved out according to NAD of
Eurocode 5. The load-bearing capacity for multiple
tenons was calculated by an addition of the contribution
of each single tenon.
3.1 TENON STRENGTH
The national annex of Germany [2] distinguishes
between proofs of compression strength perpendicular to
the grain and shear strength of the remaining crosssection.

⎧2
Fv ,Rk = min ⎨  bef  he  k z  kv  f v ,k ;1,7  b  l z ,ef  f c ,90,k
⎩3

⎛

kv =

kn ⎜1 +

1,1i 1.5 ⎞
⎟
h ⎠

⎝
 1.0
⎛
⎞
x 1
α² ⎟
h ⎜ α 1  α  + 0.8
⎜
⎟
h α
⎝
⎠

(2)

The parameter kn takes account of the material properties
and the factor i considers the sharpness of the notched
support. x is the distance between the single loading
point and the notched corner.
kz considers the geometry of the cross-section above the
tenon.





k z =   1 + 2  1    ²   2  α 

(3)

α = he / h

(4)

 = hz / h

(5)

The tenon at the lowest level generally carries the most
and the tenon on the top the least loads.
3.2 MORTISE STRENGTH
A single mortise is designed according to EC5/NAD [2].
The mortise part behaves like a tension-loaded
connection. The exceeding of tensile stresses
perpendicular to the grain leads to tension failure
because of crack initiation.
⎛
⎝

Pressure strength perpendicular to the grain will be
proved over the contact surface between tenon and
mortise. An effective contact area is considered over the
effective tenon length. Unusually, the compressive
strength perpendicular to the grain is not decisive.
Furthermore, it is a ductile failure with high deformation
inside the connection.
The calculation procedure for the tenons is similar to the
approach of end-notched beams in Eurocode 5. Here, the
failure criterion is covered by the maximum shear
strength of the tenon geometry.

(1)

The decisive parameter is the height of the remaining
cross-section above the potential crack layer he (Figure
2). The coefficients kv consider the relation from he to
beam high h.

Ft ,90,Rk = k s  k r  ⎜⎜ 6.5 +

Figure 2: Definition of he for T1.TM4.

}

18  he ² ⎞
0.8
⎟  (t  h )  f t ,90,k
h ² ⎟⎠ ef

(6)

The ultimate limit state depends on the geometry of the
cross-connection. If the connection level is he/h > 0.7, no
statical proof is required. The value tef corresponds to the
tenon depths lz. The values of ks and kr for a single tenon
will be 1.0.
Figure 3 shows the possible crack layers at the lower
side of the mortise. The load-bearing capacity of each
mortise depends on the value he, the volume below the
mortise. Therefore, the strength of each mortise
increases with the level in the cross-section.
It should be mentioned that eq. (6) is only valid for he/h
≥ 0.2. This restriction was not considered for the
preliminary calculations.
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4 TEST SET-UP
4.1 TEST SPECIMENS
A total of 24 specimens of four different geometries
were tested. Two different cross-sections 100 x 240 mm
and 160 x 380 mm were selected to determine the size
effects of the structure (Figure 1). The geometry of
T1.TS1 was selected with reference to the tests of
Schelling and Hinkes [3].
Figure 3: Front view of the main beam for T1.TM4.

3.3 RESULTS
A preliminary design was carved out for all geometries,
as shown in Figure 1. The load-bearing capacity for each
tenon and each mortise was calculated and added
together. Table 2 gives an overview of the results.
Material strength was taken as characteristic values for
C24 and Gl24h according to Table 1.
Table 1: Material parameter of the four specimens.
T1.TS1
fv,k
ft,90,k

T1.TS2
C24
4.0 N/mm²
0.4 N/mm²

fc,90,k
kn

2.5 N/mm²
5.0

T1.TM2

T1.TM4
Gl24h
2.7 N/mm²
0.4 N/mm²
2.7 N/mm²
6.5

The strength of the mortise is always lower compared to
the tenon strength. The strength of mortise and tenon are
always in interaction. The higher the altitude of the
tenon, the more the single strength of the tenon decreases
and the more the mortise resistance against tensile
stresses perpendicular to the grain increases.
Table 2: Load-bearing capacity of each tenon and mortise of
different specimens.
i

T1.TS1

T1.TS2

T1.TM2

T1.TM4

1
2

FV,Rk
FV,Rk

kN
11.1
-

kN
9.1
7.6

kN
30.7
23.0

kN
22.4
18.0

3
4

FV,Rk
FV,Rk

-

-

-

18.0
15.7

∑ (Fv,Rk.i)

11.1

16.7

53.8

74.0

1
2

Ft,90,Rk
Ft,90,Rk

6.2
-

3.2
5.3

8.1
13.4

4.1
5.2

3
4

Ft,90,Rk
Ft,90,Rk

-

-

-

7.3
10.3

6.2

8.5

21.4

27.0

∑ (Ft,90,Rk,i)

Figure 4: Geometrical definitions for series T1.TM4.

All specimens were produced on a Hundegger K2 5-axis
beam processor by Cordes Holzbau. The TS specimens
were made from softwood grade C24, according to EN
338 [8]. The TM specimens were manufactured from
glued laminated timber (Gl24h), according to EN 14080
[9]. Density and moisture were measured separately.
Due to the mechanical joinery process, the milling tool
rounds the corners of the mortise section. It is profitable
to shape the edges of the tenon fit into the mortise
geometry to achieve large tenon volume.
4.2 EXPERIMENTAL SET-UP
Test set-ups with two different beam lengths were
designed for the two section sizes. The two members
were mounted on the test apparatus with three vertical
supports similar to Tannert et al. [10]. The support beam
was fixed against torsional rotation (Figure 5). The load
was applied at a distance of 2∙h from the tenon joint and
from the support of the joist. Steel plates prevented the
specimens from high deformation perpendicular to the
grain. The load regime was deformation-controlled with
a constant displacement rate.

main beam
joist

Table 2 shows that the total resistance against failure
increases within the comparable series TS1-TS2 and
TM2-TM4 as characteristic values.
Figure 5: Test set-up with joist and main beam.
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5 TEST RESULTS
5.1 FAILURE LOADS
The maximum shear force Fv,R is defined for a crack
opening of 1.0 mm according to Schelling and Hinkes
[3]. Figure 6 shows the mean values for the four
geometries.
T1.TS1 reaches an average load of 13.8 kN. The
coefficient of variation is 20 %. The series of T1.TS2
reaches a mean value of 16.7 kN. The variation
coefficient is about 30 %. This result shows only a
marginal increase compared to T1.TS1.

5.2 LOAD AND DISPLACEMENT
CHARACTERISTICS
The relative displacement between the joist and the main
beam were recorded near the joint. Hence, the total shear
force in the wooden joint could be plotted as a function
of the relative deformation of the connection.
Figure 8 shows typical load-deformation curves of the
range T1.TS1 and T1.TS2. After a first slip inside the
connection, the stiffness increases for both specimens.

Figure 8: Load-deformation behaviour of T1.TS1 and T1.TS2.

Figure 6: Failure loads of four types of tenon geometries.

The cross-sections made of glued laminated timber
achieve a much higher load capacity than the series
made from solid structural timber. The average load of
range T1.TM2 is 52.1 kN and spread only around 13 %.
The multiple tenon with four single tenons reaches an
average maximum load of 69.4 kN. This is more than 30
% higher than for the cross-section with only two tenons.

drying crack
drying crack
shear failure

transverse
tensile failure

compression
failure

transverse
tensile failure

Figure 7: Front view of tenon (left) and mortise (right) with
illustration of different types of crack.

At the beginning, T1.TS2 behaves similar to the single
tenon geometry. The stiffness does not differ
significantly. The first crack develops at a higher load
level. After the crack begins, the deformation increases
until the stiffness grows again. At the end, the
connection behaves softer because of the compression
deformations in the base area of the mortise. Finally, the
connection shows a quasi ductile behaviour because the
load could still be increased.
Figure 9 depicts the shear-force deformation curve for
specimens T1.Tm2 and T1.TM4.
At the beginning, the stiffness of T1.TM4 is significantly
higher compared to T1.TM2. The stiffness seems to be
constant until it shows a considerable increase. The
higher stiffness shows that loads have been relocated.
This indicates that an additional tenon is contact with a
mortise and contributes to the load transfer. Then, the
stiffness decreases because of large deformations of the
mortise base area and, finally, a number of cracks occur
simultaneously. This behaviour suggests an optimum
usage of each single tenon. At the end, the relative
deformation rises up to 4 mm until the connection fails.
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Table 3: Mean values and characteristic values from
experiment (Xk) and maximum shear forces from preliminary
calculation: FRk,m (mortise) and FRk,t (tenon).

6 EVALUATION
The test results have to be converted into characteristic
values to compare the characteristic load capacities from
the preliminary calculation to the average of maximum
shear forces in the connection. The characteristic value
including statistical uncertainty for a sample of size n
could be found according to EN 1990 [11] by using

{

(7)

The value kn considers the number of specimens tested.
In this case, the variation coefficient of the basic
population is not known. The estimated value of the
standard deviation results from
2
1
sx =
 x  mx  .
n 1 i

(8)

The coefficient of variation for each test series is defined
as
Vx =

sx
mx

kn

mx

Vx

Xk

Ft,90,Rk

Fv,Rk

-

-

kN

-

kN

kN

kN

T1.TS1

5

2.33

13.8

0.20

7.3

6.2

11.1

T1.TS2

6

2.18

16.7

0.31

5.6

8.5

16.7

T1.TM2

6

2.18

52.1

0.13

37.1

21.4

53.8

T1.TM4

6

2.18

69.4

0.11

52.8

27.0

74.0

The maximum experimental load capacity is always
between the calculated load-bearing capacities from
mortise and tenon, with the exception of the series
T1.TS2. Neither the approach for mortise nor the static
calculation for tenons complies with the experimental
data. The approach for mortises lies on the safe side of
strength assessment.

Figure 9: Load-deformation behaviour of T1.TM2 and
T1.TM4.

X k = mx 1  k n V x }

n

(9)

Table 3 compares the characteristic values from test
results with the results of preliminary calculations. The
variation coefficient points out that the spreading test
results are much smaller for the TM specimens
compared to TS specimens. This might be due to
different timber product qualities (C24 and Gl24h) or
because of scale effects..
The comparison of characteristic values from experiment
with the characteristic values from the preliminary
calculation indicates considerable differences between
these data.

An additional comparison is presented to illustrate the
differences of load capacities between the multiple tenon
joint and the traditional tenon, as well as the dovetail
connection, according to the general construction
approval Z-9.1-649 [12]. Table 4 shows the face
geometry of the different tenon configurations. The loadcapacity of the single tenon and mortise is calculated
with reference to EC5 and EC5/NAD [1,2]. In this
context it must be stated that the EC5/NAD regulation is
restricted to a maximum height of 300 mm, and the
maximum height for the dovetail connection is defined
as 280 mm in the general approval. Nevertheless, the
equations are taken for a beam height of 380 mm to
evaluate the results. A characteristic value for the load
capacity of the dovetail tenon is assumed by:

Fv ,Rk =

kv  b  (he  r )
 f v ,k
1,5

(10)

With the decisive parameters of dovetail height he and
radius r. The strength of the mortise in the main beam
could be calculated following the approach of crossconnections according to eq. (6) with a different value
for he.
⎛

Ft ,90,Rk = k ab  ⎜ 6.5 +
⎜
⎝

18   h  he + r  ² ⎞
⎟  (t ef  h )0.8  f t ,90,k
⎟
h²
⎠

(11)

for both-sided connections

(12)

k ab = bmb / 200  1,0 for unilateral connections

(13)

k ab = 1,0

The parameter kab considers single- or both-sided
connections in the main beam. Furthermore, the edge
radius is considered in the equation.
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Table 4: Face geometry of different types of wood-to-wood
joints with characteristic load capacities of the several parts.
traditional
tenon

dovetail
connection

multiple tenon

The multiple tenon joint is obviously a simple
connection with complex behaviour. The load-bearing
capacity depends on a wide range of geometrical
parameters. The purpose is to point out the main impacts
on the structural performance. Numerical investigations
concerning the optimisation are presented by Claus and
Seim [13].
Success of a new wood-to-wood connection is not only
based on the structural performance, hence, assembly
processes will be focused on in further research
programmes.

load capacity
kN

kN

kN

FRk,t

55.1

17.4

-

FRk,m

12.3

17.6

-

Xk

-

-

52.8

The results from Table 4 show the different
characteristic load capacities for three different tenon
geometries. The traditional tenon and mortise geometry
show a significant difference between mortise and tenon
capacity. The strength of the tenon is more than four
times higher than the mortise strength. Nevertheless, the
weakest part is decisive. The dovetail connection shows
different behaviour. Mortise and tenon have nearly the
same load capacity. The characteristic values derived
from experimental results for the multiple tenon
geometry are currently three times higher than the
calculated strengths of the dovetail connection.
The comparison highlights the high potential of multiple
tenon joints. The high performance is explained by the
possibility of redistribution of loads within the joint. The
traditional tenon has no chance to relocate loads and fails
at a comparatively low level. Loads in the dovetail
connection could be transferred in a combination of
contact and friction. Thus, a relocation of loads is
possible. The multiple tenon enables the transfer of the
loads via the whole height of the cross-section.

7 CONCLUSION
Experimental investigations on multiple tenon joints
have shown that this type of wood-to-wood connection
has a high potential regarding the total load-bearing
capacity and deformation characteristics.
Preliminary design approaches using definitions of
Eurocode 5 [1,2] are not suitable to explain the
experimental results. Multiple tenon joints do not reach
the additional load capacities of single tenons.
Rounded edges of the tenon lead to different crack layer
locations. Thus, the radius of the edges should be
considered in the assessment of tenon and mortise
strength.
Load-deformation behaviour of multiple tenons gives
advice of relocated loads within the wooden connection.
Instead of brittle failure, the connection shows
considerable deformation capacities after the first crack
occurs.
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DOWEL-TYPE FASTENERS WITH SMALL DIAMETERS – REVIEW AND
IMPROVEMENT OF DESIGN FORMULATIONS
Michael Schick1, Werner Seim2, Sabrina Krüger3
ABSTRACT: This paper presents the results of experimental studies on nailed connections with solid timber and
oriented strand board. The test results will be compared to theoretical values according to three different design
approaches. The assessment of the different design approaches is aiming at a realistic, well-balanced design of ductile
elements, such as light frame elements. It will be shown that a specific consideration of the rope effect is advantageous
especially for comparatively thin sheathing.
KEYWORDS: Johansen’s theory, dowel-type fasteners, small diameter, rope effect

1 INTRODUCTION 123
Johansen published his yielding theory [2] to describe
the capacity of dowel type fasteners in 1949 and the
corresponding equations have become the common basis
for determining the capacity of dowel-type fasteners in
Europe. When test results for fasteners with small
diameters, such as nails and staples, are compared to
values calculated according to Johansen’s theory, then
the theoretical values usually remain on a very
conservative level. It might seem that the
underestimation of the load-carrying capacity of the
fasteners leads to a higher safety level for the
connections. However, it has already been documented
by Schick et al. [4] that an underestimation of the loadcarrying capacity of nailed connections in timber-framed
wall elements can cause unexpected brittle failure due to
the unbalanced design of ductile and brittle elements.
This applies especially in the case of an earthquake
impact, when it is decisive to reach full deformation
capacity.
In order to ensure the ductile behavior in the case of an
earthquake, the load-carrying capacity should be known
as exactly as possible to design the brittle elements with
adequate overstrength.
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The paper will compare the following three models to
determine the load-carrying capacity of fasteners with
small diameters:
 DIN 1052 [6]
 Eurocode 5 [1]
 Svensson and Munch-Andersen [5]
The results according to different design equations will
be compared to the results from sample testing.

2 LATERALLY LOADED NAIL
CONNECTIONS
2.1 DIN 1052
The empirical formula to determine the shear force of
single fastener load-carrying capacity allowed according
to DIN 1052 is fully based on the evaluation of test
results. The maximum load-carrying capacity for a nail
can be determined by:
max Fv =

500  d 2
10 + d

(1)

It is obvious that the load-carrying capacity depends only
on the diameter d of the nail. In the design equation,
neither the thickness of the connected parts nor the
density of the timber, for example, have been
considered. The values expected for the test specimen
can be determined with a global safety factor of 3.0,
according to Stoy [9].
2.2 EUROCODE 5
Figure 1 shows the schematic deformation and force
equilibrium of a connection with dowel-type fasteners
with two yielding moments. Based on the assumption
that both the fastener and the timber are ideal plastic
materials, six failure modes for single shear are defined.
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The failure mode shown in Figure 1 leads to the
maximum failure load of the connection.

that the yielding strength fy which was recalculated out
of the yielding moments is about 9 % greater than the
tension strength of the steel. Against this background,
the mean value of the yielding moment is calculated by
using the tension strength of the nail in eq. (4).
The formulation of eq. (5) for small diameters using
mean values of the tension strength leads to the curiosum
that the load-carrying capacity assuming the full plastic
behavior of the circular cross-section is lower than the
capacity according to eq. (4) (see Fig. 2).

Figure 1: Failure mode according to Eurocode 5

The failure is, in this case, defined by reaching the
embedment strength in the timber member and one or
two plastic hinge formations in the fastener
simultaneously. For the test specimens with thin
sheathing materials, it is assumed that failure of the
sheathing material occurs and in the solid timber part, a
plastic hinge will be formed. If a plastic hinge forms,
then the characteristic value for the load-carrying
capacity can be determined to:
Fv ,R ,k

f  t d
= 1,05  h,1,k 1 
2+

⎡
⎤ F
4   (2 + )  M y,Rk
  ⎥ + ax,R
⎢ 2    (1 + ) +
2
f h,1,k  d  t1
4
⎢⎣
⎥⎦

(2)

The load-carrying capacity for nailed connections where
two plastic hinges occur can be determined to:
Fv,R ,k = 1,15 

F
2 
 2  M y,Rk  f h,1,k  d + ax,R
1+
4

(3)

Where β is the ratio of the embedment strength fh,1,k and
fh,2,k of the connected parts. In eq. (2) and (3), the rope
effect due to the tension forces in the fastener is assumed
by an addition contribution of 25 % of the tension
capacity of the fastener.
Yielding moment and embedding strength, which are
given as characteristic values in Eurocode 5, are based
on experimental data. The appraisal of the characteristic
values for the yielding moment for circular sections
needs the diameter d of the fastener and the tensile
strength fu,k of the steel. The pure mechanical approach
M pl =

d3
 fy
6

2.3 SVENSSON AND MUNCH-ANDERSEN –
MODEL
The “pure” theory of Johansen [2] does not regard the
fact that there are tension forces activated in the fastener
when the nail is deformed in the timber part. The model
which was developed by Svensson and Munch-Andersen
[5] overcomes this limitation as it is based on the
deformed state equilibrium. The load-bearing capacity Fv
of a nail consists of two forces: the dowel force Fq,R and
the rope force Fax,R. The two force vectors can be added
to Fv,R dowel force acting parallel to the timber surface.
An additional effect is caused by friction due to forces
acting perpendicular to the timber surface.

(4)

was modified to consider the bending angle at a joint slip
of 15 mm (see Blass et al. [1]) to
M y,k = 0.3  d 2.6  f u,k

Figure 2: Comparison of yielding moment according to
Eurocode 5 and the pure mechanical approach

(5)

Where fy is the yielding strength and fu,k the tension
strength of the fastener. When Werner and Siebert [7]
determined yielding moments on nails, they ascertained

Figure 3: Inner and outer forces at the deformed fastener
according to [5]

A plastic hinge can be assumed to formulate the
equilibrium of forces. The situation of a slender fastener
which is isolated from the rest of the connection is
illustrated in Figure 3. The fastener is cut where the
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wood surfaces are adjacent to each other. The loadcarrying capacity for the fastener can be calculated by:

Fv = f h  z  cos   1 + µ sw  µ ww  + sin    µ sw  µ ww  
+ qax   l  z   µ ww

(6)

Where µ are the friction coefficients between the
different materials and z is the distance of the yielding
moment from to the surface. The distance z depends on
the bending angle ϕ, the yielding moment My of the
fastener, the pull-out resistance fax of the fastener and the
embedment strength fh. The distance z can be calculated
by:

z=

f ax  l  sin 
f h + 2  f ax  sin 
2

2My
⎛ f ax  l  sin  ⎞
+ ⎜
⎟ +
f h + 2  f ax  sin 
⎝ f h + 2  f ax  sin  ⎠

(7)

3.2 TEST SETUP
Except for DIN 1052, the calculation formulae to
determine the load-carrying capacity for nailed
connections are based on the assumption that loadcarrying capacity depends on the density of the timber
and the yielding strength of the fastener. Therefore, the
density for each specimen of the center section was
determined individually. Figure 4 shows from where the
specimen for determining the timber density were cut.
Firstly, the timber was cut into 35-cm-long specimens.
Then, the specimens were sorted to reduce the nodes in
the test specimens and two pieces, each with a length of
21 mm, were cut from every front side to determine the
density of the samples. The density was calculated as a
mean value of the two samples. After the determination
of timber density, the specimens were sorted to reach an
equal distribution of timber density in every test series.
The variation of the density of the samples was between
360 and 420 kg/m³.

3 EXPERIMENTAL INVESTIGATIONS
3.1 INTRODUCTION
Tests on nailed sheathing to timber connections were
carried out to evaluate the three different design
formulations that were presented previously. A total of
165 tests on nailed connections were conducted. The
following parameters were varied within the tests:
 diameter of the nails,
 material and thickness of the sheathing, and
 load direction (parallel and perpendicular to the
grain).
Figure 1 shows an overview of the test series and the
number of tests which were carried out.
Table 1: Test setup for sample tests

Specimen

Sheathing

Load n
Nail
direction
na2.5-osb10
α = 0° 5 2.5 x 65
na2.8-osb10
30 2.8 x 65
na3.1-osb10
5 3.1 x 65
OSB 10 mm
na2.5-osb10-90
α = 90° 5 2.5 x 65
na2.8-osb10-90
5 2.8 x 65
na3.1-osb10-90
5 3.1 x 65
na2.5-osb18
α = 0° 5 2.5 x 65
na2.8-osb18
30 2.8 x 65
na3.1-osb18
5 3.1 x 65
OSB 18 mm
na2.5-osb18-90
α = 90° 5 2.5 x 65
na2.8-osb18-90
5 2.8 x 65
na3.1-osb18-90
5 3.1 x 65
na2.5-gfb18
α = 0° 5 2.5 x 65
na2.8-gfb 18
30 2.8 x 65
na3.1-gfb 18
5 3.1 x 65
GFB 18 mm
na2.5-gfb18-90
α = 90° 5 2.5 x 65
na2.8-gfb18-90
5 2.8 x 65
na3.1-gfb18-90
5 3.1 x 65
KVH C24 was always used for the center section.

Figure 4: Center section of the test specimen and test specimen
for determining the timber density

Figure 5 shows the test setup for the test parallel and
perpendicular to the grain. Each test specimen consisted
of a center section from solid timber with a cross-section
of 75 x 115 mm and two side members made from the
sheathing materials OSB or gypsum fiberboard (GFB).
The side members were connected to the center member
by twelve smooth nails, six on each side.

(a)

(b)

Figure 5: Test specimen (a) parallel and (b) perpendicular to
the grain

The tests were carried out under monotonic loading,
according to DIN EN 26981. The displacement and the
load were measured with a rate of 5 Hz during the test.
The tests were stopped when a displacement of 15 mm
was reached. A displacement of 15 mm is interpreted as
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a failure in DIN EN 26981. Figure 6 shows the
arrangement of the test specimen in the testing machine.

Figure 6: Test setup for the sample tests
Figure 8: Test results for test series na2.8-osb10

3.3 TEST RESULTS
Figure 7 show the results of test series na2.8-osb18
parallel and perpendicular to the grain. The dots are the
loading capacities of each test and the line describes the
linear regression of the test results. It is obvious that the
test specimens which were tested perpendicular to the
grain reach higher load-carrying capacity then those
tested parallel to the grain. This effect can be shown for
all of the series tested. Furthermore, it can be seen that
the load-carrying capacity increases with the density of
the solid timber.

The comparison of the displacement for the different test
series is shown in Figure 9. The displacement for each
specimen is drawn by the dots and the horizontal line
displays the mean value of the displacements. It can be
seen that the displacement for the test specimens loaded
perpendicular to the grain is greater for all test series.

Figure 9: Displacement of the test specimen at the point of
maximum load

Figure 7: Test results for test series na2.8-osb18

The test results for the specimen with OSB sheathing
with a thickness of 10 mm are shown in Figure 8.
Comparing the test results of both test series, it can be
seen that the load-carrying capacity is about 10 % higher
for OSB sheathing with 10 mm than OSB with 18 mm.

The displacement also increases with an increasing nail
diameter. Comparing the test results, it can be seen that
the displacement at the point of maximum load increases
if the maximum load increases.

4 CALCULATIONS VS. TEST RESULTS
4.1 MATERIAL PARAMETERS
The calculation of the expected load Fv,m is determined
by using mean values of the material properties in the
design equations. The global safety factor of 3.0 is
considered for the design equation according to DIN
1052. The loading capacities according to Eurocode 5
and Svensson and Munch-Andersen [5] are calculated by
using mean values instead of characteristic values for the
material parameters. The values for the decisive material
parameters have been derived from testing with an
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exception: The embedment strengths of OSB and GFB
were determined by a regression curve of experimental
data. The test results from [10], the function according to
Eurocode 5 to determine the embedment strength for
OSB and the regression of test results are shown in
Figure 10.
The values for the pull-out resistance of smooth nails
have been taken from Seim et al. [11] as mean values to
fax = 3.96 N/mm².

be seen that the failure occurs mostly as predicted by
Johansen’s theory. While the failure for the specimen
with sheathing thickness of 18 mm occurs clearly by
forming two plastic hinges, the failure for the 10 mm
sheathing is not consistent. Most of the nails exhibit one
plastic hinge, but single fasteners form two plastic
hinges.

(a)

(b)

Figure 11: Failure modes for nails with OSB sheathing (a)10
mm and (b) 18 mm

4.3 DETERMINATION OF THE BENDING
ANGLE
Figure 10: Test results and regression curve for the
embedment strength of OSB

The function of Eurocode 5 leads to characteristic values
of the embedment strength. For the comparison of the
test results and the calculated loads, the embedment
strength for the sheathing material as a mean value for
OSB is defined by:
f h,m = 131.8  d 0.779  t 0.1

The bending angle of the nails was determined after
testing. Therefore, 42 specimens were x-rayed and the
bending angles were determined graphically. Figure 12
shows the radiograph of a specimen tested with OSB
sheathing with a thickness of 10 mm and the values for
bending angles of each single nail.

(8)

For GFB, this procedure leads to
f h,m = 8.07  d 0.463  t 0.9

(9)

using the test results from [12].
The embedment strength for nails in solid timber can be
determined, according to Eurocode 5, to:
f h,m = 0.082 r m  d 0.3

(10)

if the characteristic density of the solid timber ρk is
replaced by the mean value of the density. Since the
density of each center section is known from testing, the
embedment strength can be determined for each
specimen separately.
4.2 EVALUATION OF FAILURE MODES
The model according to Eurocode 5 distinguishes
different failure modes. According the Johansen’s theory
[2], the failure mode for the specimen with thin
sheathing material (10 mm) will be an embedment
failure in the sheathing with a plastic hinge forming in
the solid timber. If the thickness of the sheathing is
changed to 18 mm, the nail will form two plastic hinges:
one in the solid timber and the other in the sheathing
material. The specimens were x-rayed after testing to
verify these assumptions. Figure 11 shows the
radiograph of two typical test specimens with a
sheathing thickness of (a) 10 mm and (b) 18 mm. It can

Figure 12: Bending angle at the point of maximum load

The bending angel from these 42 specimens was
determined as a mean value of 31.2°.
4.4 TEST RESULTS AND VALUES
CALCULATED
In this section, the maximum loading capacity from
sample testing is compared with values calculated
according to the three different design formulae (see
section 2). The material parameters, such as tension
strength of the nail and the density of the timber, are
used as mean values. The tension strength of the nails
was determined at 785 N/mm² as a mean value. The
friction coefficients between timber and different
sheathing materials are available from Meng et al. [8]
(see Tab. 2).
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Table 2: Friction coefficients according to Meng et al. [8]

material
timber-OSB
timber-GFB
timber-steel

μ
0.14
0.60
0.40

Figure 13 shows the test results and the loading
capacities calculated for specimens with 10 mm OSB
sheathing. The calculated loading capacities according to
Eurocode 5 clearly underestimate the test results. This
occurred even though the failure mode expected with
one plastic hinge was confirmed (see Fig. 11). The
values calculated according to Svensson and MunchAndersen’s model [5] are much closer to the test results.
The increase of the loading capacity with increasing
timber density is also predicted realistically.
Surprisingly, loading capacity according to DIN 1052
also shows a good accordance with the test results. Here,
the loading capacity is only described by the diameter of
the nail, thus, the increasing loading capacity with
increasing timber density is not considered.

Figure 13: Series OSB 10 – calculated versus experimental
ultimate loads

Figure 14 shows the comparison of the test results and
the loading capacities calculated. All three models show
a good accordance with the test results for specimens
with sheathing made of 18 mm OSB.

Figure 14: Series OSB 18 – calculated versus experimental
ultimate loads

5 CONCLUSIONS
The assessment of three different calculation models –
DIN 1052 [6], Eurocode 5 [1] and Svensson and MunchAndersen [5] – showed that realistic loading capacities
can be calculated by using mean values in design
equations. The model according to Eurocode 5 clearly
underestimates the loading capacity for specimens with
sheathing of 10 mm OSB, while the models according to
DIN 1052 and Svensson and Munch-Andersen show a
very good accordance with experimental results. The
difference between the three models disappears when the
thickness of the sheathing changes to 18 mm. The model
according to DIN 1052 is based on sample tests where
the loading capacity only depends on the nail diameter.
Here, the consideration of the influence of timber density
is not possible.
In the case of earthquake design, a not too conservative
realistic model for dowel-type fasteners with small
diameters is also essential to define appropriate
overstrength factors and, thus, to ensure the ductile
behavior of structures with nailed connections. In this
case, the model from Svensson and Munch-Anderson [5]
seems to be advantageous.
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COMBINED LOADING OF SELF-TAPPING SCREWS
Thomas M. Laggner1, Georg Flatscher2, Gerhard Schickhofer3
ABSTRACT: Due to geometrical boundary conditions, a pure axial loading of self-tapping screws is hardly given in
most practical cases. Nevertheless, even if the characteristics of axially loaded screws are widely explored, there exists
a leak of knowledge regarding the influence of an angle between the actual load and the screw axis on the loaddisplacement behaviour. As a consequence, we performed a series of experimental tests on single screws stressed to
both axial and lateral loads. For this purpose we developed a new test configuration enabling a separate control of axial
and lateral load components. Furthermore, we compared the widely accepted quadratic interaction model to the
gathered results and found a conservative relationship. Besides the load-carrying capacity, an additional focus within
the investigations was set on the initial stiffness of self-tapping screws forced to transmit combined loads.
KEYWORDS: self-tapping screws, combined loading, test configuration

1 INTRODUCTION 123
Caused by their high load-carrying capacity, axial loaded
self-tapping screws are frequently used in modern timber
structures. Ringhofer et al. [1] categorized the
application in “active” and “passive”. The purpose of a
“passive” screw is to increase the load-carrying capacity
or to preserve the serviceable life of the timber structure.
“Active” screws, on the other hand, connect structural
elements and are part of the flux of force.
Nevertheless, geometric boundary conditions often
prevent a pure axial loading. As a consequence, a
combination of axial and lateral loads (tension and shear)
has to be transmitted by the applied fasteners.
First tests on combined loaded fasteners in timber
structures are shown in the studies of DeBonis & Bodig
[2]. They investigated the behavior of nails under a
combined loading. The principle of the test configuration
is shown in Figure 1. The combined loading is applied
by inclination of the test specimen in a universal testing
machine. This causes a simultaneous increase of the
axial and lateral load in a fixed ratio, depending on the
angle  between screw axis and load direction.
According to the studies on combined loaded screw-nails
of Ehlbeck & Siebert [3], the current European design
standard for timber structures (ÖNORM EN 1995-1-1:
2014 [4], also referred to as Eurocode 5) offers a
quadratic interaction model which is also valid for
modern timber screws; see following Equation (1):
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 Fax ,R
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  Fv ,E
  
  Fv ,R

2


  1,0


(1)

where Fax,E = axial force, Fax,R = axial load-carrying
capacity, Fv,E = lateral force, Fv,R = lateral load-carrying
capacity.
Further investigations regarding combined loaded lag
screws and tapping screws are presented by McLain &
Carroll [5]. Their tests confirmed the quadratic
interaction as a conservative model. Moreover, the
stiffness in axial and lateral direction was examined, but
they couldn’t find a meaningful relationship between the
screw-to-load angle and the axial / lateral stiffness.
Fv

 F
R
Fax

screw
test
specimen

Figure 1: left: principle of the test configuration from DeBonis
& Bodig [2] (Fax = axial force, Fv = lateral force,
F = resultant force, α = screw-to-load angle); right: photo test
apparatus [6]

Blaß et al. [7] used another test configuration to enable a
combined loading on fasteners. The apparatus, shown in
Figure 2, allowed an independent load control in axial
and lateral direction. Their investigations describe the
withdrawal strength under additional lateral loading.
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As result they also characterized Equation (1) as
conservative.

vertical (lateral) deformation in case of simultaneous
lateral loading.
Fv

test
specimen

steel frame

separate pressure
cylinder

test
specimen

Fax

screw
connection
plate

frame

guiding frame

Figure 2: test configuration of Blaß et al. [7] (Fax = axial
force, Fla = lateral force)

However, in fact only minor information regarding
fasteners (especially self-tapping screws) transmitting
both axial and lateral loads is available in literature and
those who employed with this topic didn’t extensively
examined the influence of the load application order
(sequential or simultaneous).
The present paper picks up this topic and contains two
major points, primarily investigated in a Master Thesis
submitted at the Graz University of Technology [8]: (i)
the development of a new test configuration enabling a
separate control of the axial and lateral load components
and (ii) results of an experimental campaign using this
new configuration. Thereby the focus will be set on both,
the load-carrying capacity and the initial stiffness.

2 METHOD
2.1 Development of the test configuration
Basically, two possible configurations were developed
for examining the properties of a steel-to-timber joint
including a single self-tapping screw; one with a fixed
and another with a movable connection plate; compare
Figure 3 and Figure 6, respectively.
2.1.1 Configuration 1
In this test setup, the timber specimen was movable and
the connection plate was fixed to two steel frames. These
frames were positioned on the main beam of the standard
testing machine “Zwick Universal 250” which was
responsible for generating the lateral (vertical) load on
the joint; this by applying a compressive force. In order
not to handicap the axial (horizontal) movement of the
test specimen, a horizontal gliding plane between
specimen and load application point was created by two
round bars.
As can be seen in Figure 3, the axial loading was
planned to be applied by a separate testing actuator or
hydraulic jack, which is fixed by a steel angle on the
main beam. The path of axial force further included a
steel frame as well as a third bar for enabling a free

Figure 3: principle of the test configuration 1 (Fax = axial
force, Fv = lateral force)

Figure 4 depicts the lateral force displacement diagram
of two pure shear pre-tests. The graph of test V01 (blue
line) shows strong influence of friction between
connection plate and test specimen.
For test V02 the influence of friction was widely
prevented by inserting two layers of PTFE
(Polytetrafluoroethylene) in the shear plane. This can be
clearly seen by the smaller load-carrying capacity
(6.5 kN compared to 8.9 kN for test V01) and stiffness
as well as the smooth shape of its load-displacement
graph.
10
9
8
lateral force [kN]

plain
bearing

7
6
5
4
3

Fv
[kN]

Kser,v
[kN/mm]

2

V01

8.9

2.9

1

V02

6.5

1.0

0

0

5

10
15
lateral displacement [mm]

20

Figure 4: lateral force displacement diagram of the pre-tests

For all pre-tests the horizontal and vertical deformations
were measured. The obtained results showed an
unwanted rotation of the specimen, which is based on the
"large" horizontal distance between shear plane and
force application point. For this reason and additionally
because no pressure cylinder including an appropriate
control unit was available at that time, further
investigations were not realized with this configuration.
2.1.2 Configuration 2
Test configuration 2 was inspired by the shear tests of
Reyer & Linzner [6] (see Figure 5) and so the test
specimen was fixed by threaded rods and a massive steel
plate on the main beam of the universal test machine (see
Figure 6 and Figure 8: left).
The movable connection plate had the dimensions
400/300/20 mm (length / width / thickness).
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lateral force

similar linear correlation between force and voltage
change without a critical offset (see Figure 7).
Figure 8 depicts the assembled test configuration in its
original extent.

test specimen

strain gauge
sprocket chain

trestle

Figure 5: shear tests of Reyer & Linzner [6]

Figure 6 illustrates the concept of test configuration 2,
and describes the main parts of it.
F



Fv

Fv

connection plate
with PTFE

Fax
Fax

screw

threaded rod with
strain gauge

test
specimen

timber
specimen

steel angle

Figure 8: assembled test configuration (left: sprocket chain on
standard testing machine; right: horizontal rod system forming
the axial load)

The horizontal rod system has a total length of about
3.1 m; this in order to minimize the influence of the
inclination caused by the applied lateral load. For
ensuring a smoot horizontal movement, a sprocket chain
is arranged between the testing machine and the
connection plate. Aiming to reduce the influence of
friction, and similar to test configuration 1, the contact
surface between connection plate and timber specimen is
equipped with two layers of PTFE.

Figure 6: test configuration 2 for tests under combined loading
(Fax = axial force, Fv = lateral force, F = resultant force,
α = screw-to-load angle)

As visible, the vertical (lateral) load is applied as a
tensile force by the standard testing machine and the
horizontal (axial) load is formed manually by tightening
a nut on a threaded rod. Between the nut and the steel
angle two washers and two PTFE layers were located to
reduce the resistance against tightening.
30

force [kN]

25
20

linear bearing

15
10

Figure 9: trestle for limiting the rotation of the steel plate

5

0

0.00 0.25 0.50 0.75 1.00
voltage change [mV/V]

Figure 7: calibration of strain gauge on the treaded rod (left:
configuration; right: calibration curve)

A calibrated strain gauge on the threaded rod enables to
monitor the actual axial force (see Figure 8: right). The
calibration of the strain gauge has been carried out
several times and the calibration curves always show a

Furthermore, for limiting the estimated rotation of the
steel plate, we installed a trestle, allowing only
translational (vertical and horizontal) movement of the
connection plate. The bearing between trestle and
connection plate as well as trestle and the main beam of
the standard testing machine is carried out by linear
bearings (see Figure 9).
Preliminary tests showed that this configuration fulfils
all requirements. Hence, including some minor adaptions
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glass slides

templet

(see Figure 10), this configuration was used for
conducting the main test series.

Figure 10: assembled test configuration with measuring
equipment (left: overview; right: templet for fixing the LVDT’s)

2.2 Experimental tests
For the herein presented series of monotonic tests, solely
fully threaded self-tapping screws with a diameter of 6
mm and a length of 160 mm were used (according to
ETA-11/0190 [9]). Due to the long embedment depth,
the axial failure mode was a steel failure. The lateral
failure mode was characterised by forming two plastic
hinges (compare Johansen [10]; ÖNORM EN 1995-1-1:
2014 [4]). In these investigations no other failure modes
occur.
The screw-to-grain angle was fixed with 90° and all tests
were performed using solid timber specimens of Norway
spruce (Picea abies). This timber was a residual material
of other tests with relatively high density (488 kg/m³ to
612 kg/m³) and a small Coefficient of Variation
(CoV ~ 4.2 %), finally limiting the influence of density
to the test results.
Table 1 shows the test plan and the background colors
are further used in the discussion of the experimental
results (compare, e.g., Figure 12).

A total amount of 156 tests were conducted with six
different force angles and three different load application
orders: (i) constant lateral and increasing axial load, (ii)
constant axial and increasing lateral load and (iii)
simultaneous increasing lateral and axial load using a
constant proportion as a function of the angle between
the resulting force and screw axis.
To enable investigations not only upon the reachable
maximum loads but also the initial stiffness values, each
specimen was equipped with five inductive displacement
transducers (LVDT’s), measuring the local deformations
between the connection plate and the timber specimen;
three LVDT’s monitored the axial (horizontal)
displacement and two the lateral (vertical) one.
2.3 Evaluation of test results
2.3.1 Load-carrying capacities
Generally and according to EN 26891, the axial / lateral
load-carrying capacity represents the maximum load
examined in the experimental tests or the actual load at
reaching the displacement limit of 15 mm, whatever
occurs first.
Solely for the sequential load application, the load in one
direction was kept constant at a distinct level and the
other one was increased till failure. Consequently the
load-carrying capacity in the first direction was assumed
to be equal to the scheduled one and for the second
direction this property was determined as described
above.
2.3.2 Initial stiffness
According to ÖNORM EN 26891: 1991 [11] the initial
stiffness can be computed as a secant modulus whereat
the first determination point is defined at 10 % and the
second one at 40 % of the estimated maximal load. A
deviation of 20 % between actual and estimated maximal
load is permitted.

Table 1: test plan

serial number

screw-to-load angle 

order of load application

number of tests

01

0°

purely axially till failure

10

07A

0°

purely axially till failure without trestle

5

02, 16

90°

purely laterally till failure

16

07B

90°

purely laterally till failure without trestle

5

03, 04, 05, 06

10° | 25° | 45° | 70°

simultaneously

40

08, 10, 12, 14

~10° | ~25° | ~45° | ~70°

first axially to 13.0 kN | 10.4 kN | 5.6 kN | 2.2 kN;
then laterally till failure

40

09, 11, 13, 15

~10° | ~25° | ~45° | ~70°

first laterally to 2.3 kN | 4.8 kN | 5.6 kN | 6.0 kN;
then axially till failure

40
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A slightly modified definition is scheduled in ÖNORM
EN 12512: 2005 [12]. The difference is that the ten and
forty per cent limits are determined according to the
actual reached maximal load. However, caused by
dispersive maximal loads, the area of the stiffness
calculation isn’t constant for all tests which prohibit an
objective comparison.
As a consequence, absolute load levels were fixed for the
stiffness calculation. This load levels come up to
approximately 10 % and 40 % of the pure axial / lateral
load-carrying capacity. In particular, for the lateral
stiffness the load levels are 1.0 kN and 2.0 kN and for
axial stiffness 1.0 kN and 5.0 kN. Nevertheless, since
exhibiting much lower maximum loads, three exceptions
in axial direction (test series 05, 06 and 14) were
necessary; here the load levels for calculating the axial
stiffness were defined with 1.0 kN and 2.0 kN.
2.3.3 Assessment of the results
Before using the individual results for further postprocessing, an outlier correction according to Tukey was
subjected. A boxplot of each series was established, in
which the whiskers were defined as (maximum) 1.5
times the interquartile range IQR. All results, which
locate outside of the whiskers are outliers and were not
used for further contemplations.

3 RESULTS AND DISCUSSION
3.1 Load-carrying capacities
3.1.1 Pure axial load
The measured load-carrying capacities are in the range
of 13.6 kN to 13.9 kN with a mean value of 13.7 kN and
a CoV of 0.7 % (steel failure; compare Figure 11 top).
The empirical 5%-quantile amounts to 13.6 kN and the
characteristic value according to ÖNORM EN 14358:
2007 [13] is equal to 12.3 kN. These values are
obviously higher than the load-carrying capacity given in
the technical approval ETA-11/0190 [9] (11.0 kN); see
Figure 12.

test series with and without the trestle (level of
significance 5%); compare [8].
In addition to the presented test, ten standard tension
tests according to ÖNORM EN 14592: 2012 [14] were
executed. The here measured load-carrying capacities
also confirmed that there exists no significant influence
of friction in the final test configuration.
3.1.2 Pure lateral load
The laterally loaded tests exhibit load-carrying capacities
between 4.9 kN and 7.3 kN (mean value 6.3 kN). As
already mentioned, the failure mode of these testes was
the forming of two plastic hinges; see Figure 11 bottom.
In contrast to the purely axial loaded test, the Coefficient
of Variation is much higher (CoV 12 %). As can be seen
in Figure 12, the characteristic value according to
ÖNORM EN 14358: 2007 [13] (4.9 kN) is smaller than
the calculated value according to ÖNORM EN 1995-1-1:
2014 [4] (5,3 kN). However, it exists a high conformity
between the calculated value of ÖNORM EN 1995-1-1:
2014 [4] and the empirical 5%-quantile (5.2 kN).
The load-carrying capacities of test series 07B (without
the trestle) are in the area of 6.1 kN to 6.8 kN with a
mean of 6.5 kN. The Wilcoxon-Mann-Whitney test and
the student t-test again confirm that there is no
significant change of median / mean for tests with or
without the trestle (level of significance 5%).
3.1.3 Combined load
As expected, the resultant total load F exhibits higher
values in case of primarily axial loaded tests compared
to primarily lateral loaded one (compare Figure 6 and
Figure 12).
Figure 12 shows the experimentally determined
relationship between lateral (Fv) and axial (Fax) loads.
The different colours used for illustrating the data points
implicate the different types of load application orders
(compare Table 1).
8
7

lateral load Fv [kN]

6

5
4
simultaneous load
constant axial load
constant lateral load
calculation model
characteristic values

3
2
1

0

0

1

2

3

4

5

6

7

8

9 10 11 12 13 14 15

axial load Fax [kN]

Figure 11: failure modes pure axial (top) / pure lateral
(bottom) loaded screw

Figure 12: comparison of test results and calculation model
according to ETA-11/0190 [9] and ÖNORM EN 1995-1-1:
2014 [4]

Test series 07A represents tests without the trestle (loadcarrying capacity between 13.1 kN and 13.8 kN; mean
value 13.4 kN). By performing the Wilcoxon-MannWhitney test and the student t-test it was shown that
there is no significant change of median / mean between

As visible, both types of sequential load application
(orange and blue data points) allow slightly higher load
levels compared to the simultaneous one (purple data
points). Noticeable is the high variance of the axial
resistance under high (constant) lateral loads.
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The comparisons between calculation model and test
results show that the quadratic interaction model is
conservative.
8
6

8

5

7
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simultaneous load
constant axial load
constant lateral load
mean values
5%-quantile values
quadratic mean
quadratic 5%-quantile

3
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0

0
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7
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9 10 11 12 13 14 15

lateral load Fv [kN]

lateral load Fv [kN]

7

the sequentially loaded test, the exponents of the results
B and D are smaller than results A and C, respectively.
Figure 14 depicts the experimental gathered mean values
as well as the interaction curves using exponents A and
B. As visible the models adequately describe the general
behaviour.

axial load Fax [kN]

simultaneous load
constant axial load
constant lateral load
mean values
results A
results B

3
2

n


  1,0


(2)

where n = exponent of the interaction model.

0

1

2

exponent
n

Pearson
correlation

result A

all experimental tests
(mean values)

2.70

0.9861

result B

simultaneous loaded
(mean values)

2.43

0.9926

result C

all experimental tests
(5%-quantiles)

3.59

0.9872

result D

simultaneous loaded
(5%-quantiles)

3.14

0.9987

As can be seen in Table 2, results A and C are basing on
all test results independent of the load application order
(simultaneous or sequential) and results B and D are
determined by considering only simultaneous loaded test
results. Furthermore, results A and B are valid for mean
values and results C and D for the 5%-quantiles.
Caused by the slightly smaller load-carrying capacities at
the simultaneous load application order in comparison to

5

6

7

8

9 10 11 12 13 14 15

axial load Fax [kN]

8
7
6
5
4

simultaneous load
constant axial load
constant lateral load
5%-quantile values
results C
results D

3

2
0

data used

4

As can be seen in Figure 15, applying exponents C and
D for 5%-quantile values slightly underrate the lateral
load-carrying capacity in an area of axial loads between
2.0 kN and 8.5 kN. For axial loads between 12 kN and
13.5 kN, the exponents lead to a higher lateral loadcarrying capacity than the test results.

1

Table 2: determined exponents for interaction

3

Figure 14: approximated interaction curve of mean values

lateral load Fv [kN]

  Fv ,E
  
  Fv ,R

4

0

Figure 13 depicts the mean values and empirical 5%quantile values of the test series. Furthermore, it again
contains the quadratic interaction according to EC 5 [4]
but using the purely axial and lateral test results as fixed
boundary values. As visible, this type of combination
results in a conservative estimation; this not only for
empirical 5%-quantiles (red line) but also for mean
values (blue line).
As a consequence, an alternative model for estimating
such load situations could be contemplated. However,
first trials, simply fitting the exponent of the current
model (compare Equation (2)) by applying nonlinear
regression analysis using the method of least squares are
shown in Table 2.
 Fax ,E

 Fax ,R

5

1

Figure 13: validity off the quadratic interaction
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9 10 11 12 13 14 15

axial load Fax [kN]

Figure 15: approximated interaction curve of 5%-quantile
values

Caused by the nearly constant lateral resistance up to an
axial load of about 8.5 kN (about 65 % of Fax,max), an
alternative interaction model may include a constant
branch till this value and an interaction for higher axial
load levels.
However, for developing robust alternative interaction
models or exponents for the current one, more tests with
alternating failure modes have to be realized. Especially
investigations on smaller embedment depths leading to
withdrawal of the screw are recommended.
3.2 Initial stiffness
The tests under pure axial loading show an initial
stiffness between 26 kN/mm and 48 kN/mm (mean
39 kN/mm; CoV 17 %). The initial stiffness of pure
lateral loaded tests is in the range of 0.6 kN/mm to
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Figure 16: behaviour of the lateral stiffness
simultaneous (constant angle ) combined loading

under

Figure 16 and Figure 17 depict the lateral stiffness under
different types of loading. Both figures show a reduction
in variation with increasing axial loads. Moreover, it can
be seen that mean value of the lateral stiffness decreases
about 20 % in maximum for both loading orders; only
the trend is different.
In Figure 16 the mean values keep nearly constant up to
a screw-to-load angle of 25°. Only at high axial forces
( = 10°), the lateral stiffness reduces; the reduction at
an angle of 70° is neglected herein.
lateral stiffness Kv [kN/mm]

1,4
1,2

1,0

0,8

0,6

Initially, the axial stiffness under sequential load
application (see Figure 19) also decreases (14 % at a
lateral load of 2.3 kN), but at higher lateral load levels
(4.9 kN to 6.0 kN) this parameter increase up to 75 %
relating to the stiffness under pure axial loading. This
effect probably bases on an axial preloading caused by
the lateral deformation and the resulting inclination of
the screw. Nevertheless, further analysis and additional
tests are recommended for investigating this effect in
detail.
100,0

80,0
60,0
40,0

20,0
0,0

0,4

0,2
0,0

Figure 18: behaviour of the axial stiffness under simultaneous
(constant angle ) combined loading

axial stiffness Kax [kN/mm]

lateral stiffness Kv [kN/mm]

1,4

At simultaneous load application (compare Figure 18)
the mean values decrease with an increasing lateral load
(higher angle ) up to 25 % compared to the mean value
of test series 01.

axial stiffness Kax [kN/mm]

1.3 kN/mm (mean 0.9 kN/mm; CoV 22 %). In contrast
to the load-carrying capacities, the CoV’s of axial and
lateral stiffness under pure axial and pure lateral load are
nearly equal. However, both are distinctively higher than
those of the load-carrying capacities as well.
Regarding the initial stiffness, it is further worth
mentioning that the stiffness changes at different levels
of combined loading.

0,0

2,0

4,0

6,0

8,0

axial load Fax [kN]

10,0

12,0

14,0

Figure 17: behaviour of the lateral stiffness under sequential
(constant axial load) combined loading

In contrast, the reduction of the lateral stiffness at
sequential load application order appears at small axial
loads. In particular, the main reduction is completed at
an axial force of 5.6 kN (compare Figure 17).
Figure 18 and Figure 19 show the axial stiffness at
different levels of the combined loading. In contrast to
the lateral stiffness, the behaviour of the axial stiffness
under sequential and simultaneous combined loading
isn’t similar.

0,0

1,0

2,0

3,0

4,0

lateral load Fv [kN]

5,0

6,0

7,0

Figure 19: behaviour of the axial stiffness under sequential
(constant lateral load) combined loading

Although the order and level of combined loading
obviously affects the actual stiffness, modelling of selftapping screws with two independent springs is seen as a
reasonable approach for practical design; compare
Figure 20. This because (i) the latter discussed effect
requires high lateral deformations, which hardly occur in
practical relevant applications, and (ii) the variations for
all other cases are relatively small; especially if the range
of examined experimental results is considered.
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Figure 20: possible modelling of a screw with two independent
springs (Kser,ax / Kser,ax = axial / lateral stiffness, w = total
deformation, wax / wv = axial / lateral deformation)

Furthermore, caused by the different stiffness properties
of the two springs (Kser,ax > Kser,v), the force and the
resulting displacement vector doesn’t point in the same
direction. Consequently, a single spring in force
direction owning the stiffness K may hardly simulate
the actual behaviour of a screw.

4 SUMMARY, CONCLUSION AND
OUTLOOK
The present contribution contemplates self-tapping
screws subjected to varying combinations of axial and
lateral loads. Our aims are the investigation of the loadcarrying capacities, the initial stiffness and the influence
of the load application order. Therefore, a new test
configuration, enabling an independent control of the
single load components had to be developed.
Two different configurations were developed and the
second one was used for all tests. This configuration has
a fixed test specimen and a moveable connection plate.
The lateral load is formed as a tensile force by a
universal testing machine and the axial load by
tightening a nut on a threaded rod. Thereby, the axial
force is measured by a calibrated strain gauge, located on
the threaded rod.
Our tests were realized with a constant screw-to-grain
angle of 90°. Furthermore, the same screw type is used
in all tests (length 160 mm; diameter 6 mm). Caused by
the high embedment depth, failure mode for pure axial
loading was a steel failure. In case of pure lateral loads
the occurred failure mode is characterised by forming
two plastic hinges.
The investigations show the conservative character of
the commonly applied quadratic interaction and a more
appropriate approximation if the exponent is increased.
The analysis applying the method of least squares
exhibits exponents of 2.4 for mean values and 3.1 for
empirical 5%-quantile values. Both values are
determined using the test results under simultaneous load
application order. The exponents of the analysis of all
test results (sequential and simultaneous load application
order) are higher.
In addition to the load-carrying capacities, we also
explored the effect of combined loadings on the initial
stiffness. Except for axial stiffness under high lateral
loads and sequential load application order, we observed
a reduction of the stiffness in case of combined loading.
However, since the differences in the practical relevant
range are relatively small, modelling a screw with two
independent springs is reasonable.

Finally and in order to provoke different failure modes,
i.e., a withdrawal failure of the screw, for further
investigations, tests with a reduced embedment depth are
recommended. Moreover, the screw-to-grain angle and
the screw diameter should be varied to investigate their
effects on the load-carrying capacity and stiffness.
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SHEAR CONNECTIONS WITH SELF-TAPPING-SCREWS FOR CROSSLAMINATED-TIMBER PANELS
Afrin Hossain1, Marjan Popovski2, Thomas Tannert3
ABSTRACT: The research presented in this paper examines the performance of 3-ply and 5-ply Cross-laminated
Timber (CLT) panels connected with Self-tapping Screws (STS). Different conventional joint types (surface spline with
STS in shear and half-lap joints with STS in either shear or withdrawal) along with two innovative solutions were
evaluated in a total of 198 quasi-static tests. The first novel assembly used STS with double inclination of fasteners in
butt joints; the second was a combination of STS in withdrawal and shear in lap joints. The joint performance was
evaluated in terms of capacity, stiffness, yield strength, and ductility. The results confirmed that joints with STS in
shear exhibited high ductility but low stiffness, whereas joints with STS in withdrawal were found to be stiff but less
ductile. Combining the shear and withdrawal action of STS led to high stiffness and high ductility.
KEYWORDS: Cross-Laminated-Timber, Self-Tapping-Screws, Shear Connections

1 INTRODUCTION 12
The forest industry is a key driver of the economies of
several Canadian provinces. High strength-to-weight
ratio, smaller carbon footprint, and the ease of
prefabrication and assembly has allowed solid sawn
lumber, timbers, and engineered wood products (EWPs)
to be widely used in residential applications. In nonresidential construction in North America, however,
wood-based products are underutilized compared to steel
and concrete components.
One of the drivers for use of wood in non-residential
construction is the so-called "Wood First Act" [1]. This
act, passed in 2009 in the British Columbia, along with a
similar law in Quebec, aims to promote a culture of
living and building with wood by requiring its use as a
principal material in any provincially funded building.
Besides this legislation, several Canadian provinces
implemented code changes that allow for wood to be
used in six-storey high light-frame buildings.
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Technical documentation was developed to expand wood
use in taller buildings [2]. In addition, new wood-based
products such as Cross-laminated Timber (CLT) were
included in the latest editions of the Canadian and the
US codes and material design standards. These changes,
along with technical documents for use of innovative
engineered wood products such as CLT [3], have created
new possibilities for use of wood in mid-rise and highrise residential and non-residential construction. In
buildings where stiff bracing systems are required, CLT
walls can be a solution either in some part of the
structure or CLT can be used as a material for the entire
building [4-7]. To successfully build CLT structures,
connections between the panels and between panels and
other structural components need to be designed for
appropriate strength, stiffness, and, ductility. As CLT
panels behave as rigid bodies, the desired ductility for
seismic design must be obtained from the connections.
Self-tapping Screws (STS) are widely recognized as
being the state-of-the-art in connector technology for
CLT structures [8-12]. STS are a cost efficient timber
connector appropriate for many structures as they do not
require pre-drilling and are therefore faster to install than
traditional lag or wood screws. There are a number of
available options for in-plane shear connections between
CLT panels, with most common ones being plywood
surface splines and half-lap joints. However, the current
Canadian Standard for Engineering Design in Wood [13]
has no design values for use of STS in CLT. To fill this
gap, an extensive research program has been carried out
at the University of British Columbia (UBC) to
determine the strength, stiffness, and ductility properties
of various types of connections with STS in CLT.
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2 EXPERIMENTAL INVESTIGATION
2.1 TESTED CONNECTIONS
This paper presents experimental investigation on STS
shear connections in 3-ply and 5-ply CLT under quasistatic monotonic loading. Connection assemblies in two
different layouts were produced and subsequently tested.
The first layout consisted of specimens with two shear
planes. Sixty-nine (69) connection specimens 1,200mm
wide and 400mm high were tested with two shear planes.
In the second layout, 129 specimens 290mm wide and
700mm high were tested with one shear plane. The
overview of test series is given in Table 1.
While ASTM D1761 [14] recommends ten replicates per
connection, in this study that number was reduced to six
as multiple mechanical fasteners are tested in each
connection. The reduction of the number of specimens is
not expected to have any significant influence on the
main findings of the study.
CLT panels (3-ply and 5-ply), fabricated by Structurlam
Products LP according to ANSI/APA PRG 320 standard
[15] were used.
Different types of 8mm diameter STS were used in the
testing program: partially threaded Assy Ecofast CSK
screws with lengths of 80 mm, 90 mm, 100 mm, and
160 mm were used for shear action, while fully threaded
Assy VG CSK screws with length of 140 mm and
220 mm with regular head, or 180mm long ones with
cylindrical head were used for withdrawal action.
Different lengths were chosen based on the CLT
thickness and joint type to ensure proper fastener
engagement and load transfer. For the spline joints in the
3-ply and 5-ply CLT panels, 19 mm (3/4 inch) and
25 mm (1 inch) plywood sheets (Grade D, Douglas Fir)
were used, respectively. The spacings were prepared
according to the product’s Canadian approval CCMC
13677-R [16].
2.2 CONNECTIONS TYPES
All connections were designed for different actions such
as shear, withdrawal, and combination of both. Six
different joint types with STS screws were manufactured
and subsequently tested:
i) Single surface spline ones with STS in shear;
ii) Half-lap joints with STS in shear;
iii) Half-lap joints with STS in withdrawal;
iv) Half-lap joints with STS in combination action;
v) Butt-joints with STS in withdrawal at double angles;
vi) Butt-joints with STS in shear.
2.2.1 Surface spline joints with STS in shear
For the surface spline joints with STS in shear (Figure
1), 19 mm (3-ply) or 25 mm (5-ply) deep and 88mm
(2SP) or 40 mm (1SP) wide slots were cut into the
joining edge of the panels. Plywood sheets 19 mm or
25 mm deep and 176mm (2SP) or 80 mm (1SP) wide
were used as splines. 80 mm and 100 mm long ASSY
Ecofast STS were used for 3-ply and 5-ply CLT joint
configurations, respectively.

Figure 1: Surface spline joints with STS in shear

2.2.2 Half-lap joints with STS in shear
The laps of the half-lap joints (illustrated in Figure 2)
were 80 mm wide and 50 or 53 mm (3-ply) or 88 mm (5ply) deep (half the panel thickness). 90 mm and 160 mm
long ASSY Ecofast STS were used for 3-ply and 5-ply
CLT joint configurations, respectively.

Figure 2: Half-lap joints with STS in shear

2.2.3 Half-lap joints with STS in withdrawal
The laps were cut identical to those of STS in shear. In
this joint, however, the STS were placed at an angle of
45° to load these in withdrawal (Figure 3). 140 mm and
220 mm long ASSY VG CSK were used for 3-ply and 5ply CLT joint configurations, respectively.

Figure 3: Half-lap joints with STS in withdrawal
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2.2.4 Half-lap joints with STS in combined action
In this novel application, four STS were placed in shear
(90°) in the middle of the panels, while other four STS
were placed in withdrawal (45°) towards the ends of the
panel in opposite directions (Figure 4). 90 mm or
160 mm long ASSY Ecofast STS were used in shear
action and 140 mm or 220 mm long ASSY VG STS
were used in withdrawal action for 3-ply and 5-ply CLT
joint configurations, respectively.

2.2.6 Butt joints with STS in shear
The specimens exhibiting one shear plane also included
butt joints with STS placed in shear. Fully threaded
screws were installed at an angle of 45° to the face of the
panels to stitch two panels together. 140 mm long ASSY
VG CSK head type STS was used for the 3-ply CLT
joint configuration Figure 6).

Figure 4: Half-lap joints with STS in shear and withdrawal

Figure 6: Butt joints with STS in shear

2.2.5 Butt joints with STS in withdrawal
Fully threaded STS were installed at an angle of 45° to
the edge of the CLT panels, and at an angle of 33° to the
face of the panels (Figure 5). This joint configuration
was manufactured and tested with 3-ply CLT panels and
utilized 180 mm long ASSY VG CYL head type STS.

Figure 5: Butt joints with STS in withdrawal

2.3 TESTING METHODS
2.3.1 Specimens with two shear planes (2SP)
The procedure in accordance with ASTM D198-13 [17]
was followed for the monotonic tests exhibiting two
shear planes. The span of the assembly was kept short in
an attempt to minimize the influence bending moment on
the shear behaviour of the connections. A hydraulic
actuator with a 400 kN capacity was used to apply the
load to the middle panel. To avoid crushing of the CLT,
two 100 x 100 x 20 mm steel plates distributed the load.
The side (end) panels were placed on two steel bearings.
The test setup is shown in Figure 7.

Figure 7: Test setup for specimens with two shear planes
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2.3.2 Specimens with one shear plane (1SP)
The specimens with one shear plane were rotated for
14.5° according to the recommendations in EN-408 [18],
so that the resultant forces of loading and support are
aligned. All results presented herein are the load
components parallel to the shear planes. A hydraulic
actuator with a capacity of 400 kN was used to apply the
load to one CLT panel. To avoid crushing, a
100x100x20 mm steel plate was used to distribute the
load. The other CLT panel was placed on a steel support.
The test setup is shown in Figure 8.

iv) Displacement at yield load; dF,Y
v) Stiffness; k
vi) Ductility; µ
To compute yield strength and the displacement at yield
strength, equivalent energy elastic-plastic (EEEP) curves
according to ASTM E2126-11 [20] were developed.
Stiffness k was calculated in accordance with EN-26891
[19] for the range of the load-displacement curves
between 10% and 40% of the joints capacity. Ductility
(μ was calculated taking the ratio between the ultimate
displacement, dF,max at maximum load, Fmax and the yield
displacement, dF,Y and then characterized according to
the scale as proposed by Smith et al. [21].
2.4 RESULTS

Figure 8: Test setup specimens with one shear plane

2.3.3 Loading protocols
In the tests exhibiting two shear planes, the actuator load
was applied according to the EN-26891 [19] loading
protocol at a displacement controlled rate of 5mm/min.
Loading was stopped when the applied load fell below
80% of the peak load or when the maximum actuator
displacement of 50 mm was reached, whichever
occurred first. The actuator load and the relative vertical
displacements between the individual panels using two
transducers attached at mid- height of the assembly were
recorded at a sampling rate of 10 Hz.
In the tests exhibiting one shear plane, the actuator load
was applied according to EN-26891 [19] at a load
controlled rate of 20 kN/min. The specimen was loaded
to failure where failure was assumed to occur when the
load dropped to 80% of the recorded maximum load.
The actuator load and the relative vertical displacements
between two panels using two transducers attached at
front and back of the assembly were recorded at a
sampling rate of 10 Hz.
2.3.4 Analyses
Following connection characteristics were either directly
obtained from the load-displacement curves or computed
and then evaluated:
i)
Capacity (ultimate resistance); Fmax
ii) Yield load; FY
iii) Displacement at capacity; dF,max

Table 2 and Figure 9 summarize the test results. Each
presenting the average metrics obtained per screw in the
test specimens.
In the surface spline joints with STS in shear for the
specimens with two shear planes, bending of the test
assemblies was observed (Figure 10 left), which opened
a gap between the panels. Yielding of screws in this type
of joint is shown in Figure 10 (middle). For the
specimens with one shear plane, head pull through of the
screws was observed (Figure 10 right). Ultimate failure
was reached when the plywood splines separated from
the CLT panels.
The half lap joint test specimens using screws in shear
exhibited clear shear displacement with little assembly
bending (Figure 11 left). The screws were engaged in
embedment yielded (Figure 11 middle). For the
specimens exhibiting one shear plane, out of plane
rotation was observed (Figure 11 right). The panels
experienced very large displacement before failing with
significant screw yielding.
For the lap joints with STS loaded in withdrawal, the
screws in tension pulled in, whereas the screws in
compression push out (Figure 12 left) for both 1SP and
2SP specimens. As a consequence, out of plane
displacement was observed.
The failure mode observed in half-lap joints with STS in
combined action was the withdrawal of screws. Out of
plane displacement was also observed. The shear screws
were engaged in embedment and yielding led to
increased ductility when compared to the test series with
screws only loaded in withdrawal.
For butt joints with STS in withdrawal (double inclined
angles), out of plane rotation was observed, which might
be the result of eccentricity in the connection. The
screws in tension pulled in, whereas the screws in
compression push out. Similar failure modes were
observed for both 1SP and 2SP specimens.
In butt joints with STS in shear, screws yielded, which
initiated the crushing of CLT followed by separation in
the shear plane. Large deformations were observed when
reaching the capacity (Figure 12 right).
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2.5 DISCUSSION
Connection capacity of layouts where the screws acted in
withdrawal was 10-45% higher (per screw) than the
capacity of layouts where the screws acted in shear. The
differences were more pronounced when stiffness
properties were compared. Connections with screws
loaded in withdrawal were up to 30 times stiffer for lap
joints and approx. 10 times stiffer for butt joints than
connections with screws loaded in shear. The assemblies
using screws combined action were found up to 10 times
stiffer when compared to joints with STS in shear action.
In terms of ductility, according to the classification as
proposed by Smith et al. [21], surface spline joints with
STS in shear and lap joints with STS in combined action
exhibited high ductility. No specific trend was found for
lap joints with STS in shear. Butt joints with STS in
shear were found to be moderately ductile; butt joints
and lap joints with STS in withdrawal were found to be
brittle. Joints with STS in shear action can be chosen for
applications where high ductility is required. Joints with
STS in withdrawal action are better to be used in
applications where high stiffness is required but ductility

demands are low. When both high stiffness and high
ductility are required, then joints with STS in combined
action could be a viable option.
The performance of the connections in assemblies with
one shear plane was superior when compared to
assemblies with two shear planes. The 3-ply specimens
with one shear plane reached 25-70% higher capacity
and 40-60% higher stiffness in the joints with screws in
shear. For joints in 3-ply CLT with STS in withdrawal,
however, ductility and stiffness was up to 70% lower
compared to specimens with two shear planes. The 5ply
specimens with one shear plane reached higher capacity
(up to 18%), higher stiffness (up to 300%) and higher
ductility (around 40%) compared to the specimens with
two shear planes. It is postulated that the effect of
bending in the test assemblies with two shear planes had
a significant contribution on this finding. The opening of
the shear plane created a force perpendicular to the
joints. The test setup having one shear plane created a
clear load path and resulted in a better representation of
connection performance.

Figure 9: Average load displacement curves for 2SP specimens: 3-ply CLT (top left) and 5-ply CLT (top right); for 1SP specimens:
3-ply CLT (bottom left) and 5-ply CLT (bottom right)
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Table 1: Test Series overview

Series
1-1
1-2

Joint type
Surface Spline

1-3
1-4
1-5

Lap Joint

1-6
1-7
2-1
2-2

Butt Joint
Surface Spline

CLT

STS angle
[⁰]

STS length
[mm]

#STS per
shear plane

STS
action

3-ply

90

80

10

Shear

5-ply

90

100

10

Shear

3-ply

90

90

5

Shear

5-ply

90

160

5

Shear

3-ply

45

140

8

Withdr.

5-ply

45

220

6

Withdr.

3-ply

33/45

180

8

Withdr.

3-ply

90

80

8

Shear

5-ply

90

100

8

Shear

2-3

3-ply

90

90

4

Shear

2-4

5-ply

90

160

4

Shear

3-ply

45

140

6

Withdr.

5-ply

45

220

4

Withdr.

2-7

3-ply

90+45

90+140

8

Combined

2-8

5-ply

90+45

160+220

8

Combined

3-ply

33/45

180

4

Withdr.

3-ply

45

140

8

Shear

2-5
2-6

2-9
2-10

Lap Joint

Butt Joint

Table 2: Test result summary

Series

Fmax
[kN]

FY
[kN]

dF,max
[mm]

dF,Y
[mm]

µ
[-]

k
[kN/mm]

1-1

4.0

3.4

40.7

4.7

9.3

0.9

1-2

6.0

5.0

47.8

9.0

5.5

0.5

1-3

5.1

4.3

25.2

3.3

9.0

1.2

1-4

10.8

8.9

47.7

16.0

3.1

1.5

1-5

5.3

4.8

2.0

0.7

2.8

31.5

1-6

10.3

9.7

2.0

1.1

1.8

83.5

1-7

6.1

5.6

2.5

0.6

3.8

29.5

2-1

6.9

5.9

52.8

9.1

5.9

1.3

2-2

7.1

5.6

45.8

7.3

7.7

1.5

2-3

6.4

5.2

9.9

3.8

2.7

1.9

2-4

10.8

8.8

62.3

15.1

4.3

1.0

2-5

7.6

7.1

2.7

1.8

1.6

9.4

2-6

9.7

9.0

2.6

1.6

1.7

13.5

2-7

6.7

5.9

19.5

1.0

21.1

11.4

2-8

9.8

8.1

3.4

0.3

10.8

17.8

2-9

7.6

6.9

4.0

1.4

3.1

9.1

2-10

6.8

6.2

39.2

10.2

3.8

1.0
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Figure 10: Tested spline joints: bending and gap opening (left), screw yielding (middle); screw head pull through (right)

Figure 11: Tested half-lap joints with STS in shear: pure shear action (left), screw yielding (middle); out of plane rotation (right)

Figure 12: Tested half-lap joints with STS in withdrawal (left); Tested butt joints ( (right)
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3 CONCLUSIONS
The performance of different connections with STS in 3ply and 5-ply CLT panels was evaluated in a total of 198
quasi-static monotonic tests. The results presented in this
paper allow for drawing the following conclusions:
1) Using STS in shear can lead to a ductile connection
(µ>6), and can reach large displacements (>50mm).
2) Using STS in withdrawal leads to much stiffer (80100%) joints compared to using STS in shear, however,
joints are brittle and fail at small displacements (<3mm).
3) The butt-joint assembly with double inclination of
STS provided high capacity and stiffness but moderate
ductility.
4) The combination of STS in withdrawal and shear
seems to allow for joints that exhibit high capacity, high
stiffness and high ductility.
5) Connections with one shear plane showed superior
performance than their double plane counterparts. Due to
the test setup configuration, test specimens with two
shear planes were influenced by out of plane bending of
the assemblies, which may have contributed to this
finding. Capacities obtained from tests on 3-ply
specimens with one shear plane were 25-70% higher but
ductility was 20-70% lower compared to the specimens
with two shear planes. However, no such trend was
found for 5-ply specimens.
6) The data obtained from this study can be used by
engineers to specify conventional and innovative
connection assemblies for lateral load resisting systems
of CLT structures. The findings are shared with
designers and code officials in an effort to introduce
design values for STS in the next edition of Canadian
Standard for Engineering Design in Wood.
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DEVELOPMENT OF A MEASUREMENT SCREW AND APPLICATION
FOR LABORATORY TESTS AND BUILDING MONITORING
Florian Wolfthaler1, Manfred Augustin2
ABSTRACT: This paper deals about a measurement screw for timber engineering that is able to determine the
resulting axial load in self-tapping screws by means of strain gauges. Once the prototypes were developed, produced
and calibrated the goal was to find possible application fields for this new measurement device. In addition to their use
in monitoring systems of screwed timber joints in existing buildings further attention was turned on their application as
a sensor system for laboratory tests. In particular resulting axial loads inside reinforcing screws of laterally loaded
dowel-type timber connections could be quantified. For this purpose a test series including different configurations of
reinforced dowel connections was carried out. The analysis shows that the design of the reinforcing self-tapping screws,
in particular of multi row doweled timber connections according to ÖNORM B 1995-1-1 [1] could be confirmed for the
mean value but not for peaks at the ends of the joint.
KEYWORDS: monitoring, self-tapping screw, strain gauge, measurement screw, axial loading, reinforced dowel
connections

1 INTRODUCTION 12
Over the last decades, the monitoring of engineered
timber structures has become more and more important.
Not least because of collapses of structures ([2] and [3])
and technologically advanced measuring techniques.
However, real-time monitoring of load situations in
screw connections is difficult to realise in practise. So
the idea was born to develop a self-tapping measurement
screw for timber engineering, which is able to determine
the axial load acting in the screw.
In addition to their use for building monitoring systems
measurement screws are also suitable for an application
in experimental research. Especially when screws are
used as reinforcing elements the design is usually based
on theoretical calculation models and assumptions.
Measurement screws can be used to determine the actual
resulting axial load in self-tapping screws and also to
verify or optimize the theoretical calculation models.
Since the design load in reinforcing screws of doweltype timber connections is often discussed in practice,
the idea was to apply the measurement screws to
determine the actual resulting splitting load.
The following pages attempt to describe the
development of the measurement screw prototypes and
their application in building monitoring systems but also
as reinforcing elements in dowel connections.
1

Florian Wolfthaler, holz.bau forschungs gmbh
f.wolfthaler@wiehag.at
2
Manfred Augustin, holz.bau forschungs gmbh
manfred.augustin@tugraz.at
Inffeldgasse 24, 8010 Graz, Austria.

2 PRODUCTION OF MEASUREMENT
SCREW PROTOTYPES
For the development of the measurement screw
prototypes ordinary self-tapping timber screws (Assy 3.0
Kombi Ø 12 mm, l = 160 mm and 200 mm, Würth AG)
have been chosen. They can be driven by an internal torx
drive, but also by a hexagon drive. This enabled the
drilling of a hole with a diameter of 2 mm along the axis
of the screw and the application of a strain gauge (type
BTM-6C, Tokyo Sokki Kenkyugo Co., Ltd.) as shown in
Figure 1.

Strain gauge BTM-6C

Figure 1: Measurement screw

Because the screws were hardened the drilling of the
axial hole that had a maximum length of 100 mm was
the biggest challenge during the development. The holes
were drilled with a lath to which the drill was fixed and
the screw rotated. The drilling process is shown in
Figure 2.

WCTE 2016 e-book | 733

Figure 2: Drilling the hole into the screw

After cleaning the drilled hole, the glue was injected by
use of a long hollow needle and the strain gauge was
applied. In Figure 3 a sliced measurement screw is
shown and the position of the strain gauge is clearly
recognizable.
Strain gauge

Figure 5: Measurement screw prototypes

As a result of the calibration process it turned out that it
was necessary to calibrate every single measurement
screw to reach a sufficient accuracy for practical
purposes. The calibration tests were carried out with a
universal testing machine. Figure 6 shows the set-up of
the calibration tests.

F
Figure 3: Sliced measurement screw with the strain gauge

Measurement screw

Connection to the
measurement amplifier

Several different glue types for the application of strain
gauges were tested in order to find the most suitable one.
The chosen glue had a curing time of 12 hours at room
temperature and afterwards 3 hours at 140 degrees in the
oven. On the screw head a plug-in system was attached
to enable the connection with the measurement
amplifier. The plug-in system is shown in Figure 4.

Figure 6: Set up of the calibration tests

For the calibration the measurement screws were loaded
and unloaded stepwise in axial direction. The load-time
diagram of an exemplary calibration test is shown in
Figure 7.
18000

Figure 4: Plug-in system

14000
12000

Load [N]

After initial attempts with prototypes, a series of
measurement screws was produced. They were primarily
intended for the measurement of the splitting load of
dowel connections. The produced measurement screws
are shown in Figure 5.
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Figure 7: Load-time diagram of the calibration tests
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Based on the calibration tests a voltage change – force
relationship was established for each measurement
screw. Figure 8 shows that the correlation between the
voltage change of the strain gauge inside the
measurement screw and the applied load is very good.
That means that the measurement screws work precisely.
18000
16000
14000

For the reinforcing screws in the cantilever model
Schmid [5] used a fixed bearing (Figure 9) and
Bejtka [6] used an elastic bearing (Figure 10).
Bejtka assumes that the specimen will split from the first
dowel throughout the end-gain. However, Schmid
assumes that the cantilever will split only between the
dowel and the reinforcing screw. Figure 9 and Figure 10
show the cantilever models. The dowels are shown in
blue and the reinforcing elements in red colour.

Load [N]
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26,2 %

23,4 %
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0,63 kN
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106,5 kN

6000

40 mm

Figure 9: Cantilever model according to Schmid [5]

Voltage change [mV/V]
80 mm
40 mm

Figure 8: Load-voltage change diagram of the calibration tests

0,852 kNm

3 APPLICATION OF MEASUREMENT
SCREWS IN REINFORCED DOWEL
CONNECTIONS
A possible application of measurement screws is their
use as sensor system for laboratory tests. As a part of this
research the measurement screws were used to determine
the splitting force of dowel connections.
3.1 PROBLEM DESCRIPTION
The connections with several fasteners in a row parallel
to the grain direction have a higher risk of splitting.
However, such dowel connections can be reinforced e.g.
with self-tapping timber screws. As a result the number
of dowel-type fasteners (nef) does not have to be reduced
and the load carrying capacity of a dowel connection
increases. The design of these reinforcing screws can be
verified with theoretical models of Schmid [5] and
Bejtka [6]. According to ÖNORM B 1995-1-1 [1],
reinforcing elements have to be designed for 30 % of the
maximum load carrying capacity per dowel and shear
plane. Thus, it is allowed to set neff = n. That means it is
not necessary to reduce the number of dowels in a row in
grain direction for the capacity design. However, in
practice the value of 30 % is often discussed. With the
aid of the developed measurement screws, it was
possible to record the actual resulting reinforcement load
in tests and to verify or rather modify the standard value.
3.2 TEST PLANNING
To determine the load in reinforcing elements of dowel
connections it was necessary to ascertain which
configuration is the most prone to timber splitting. An
unfavourable configuration results with a small ratio of
embedded length in the timber side member to dowel
diameter. With the aid of cantilever models with beams
on elastic foundation according to Schmid [5] and
Bejtka [6] several different set-ups of dowel connections
were calculated and rated.

106,5 kN

80 mm

40 mm

2,25 kN
0,852 kNm
21,3 kN

21,3 kN

1,13 kN

40 mm

6,09 kN

6,09 kN

10,5 %

80 mm

80 mm

40 mm

40 mm
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0,852 kNm

4,18 kN
0,852 kNm

21,3 kN

40 mm

21,3 kN

6,09 kN

6,09 kN

28,5 %

19,6 %

112 mm

40 mm

40 mm

8,26 kN

72 mm

11,2 kN

0,852 kNm

21,3 kN

6,09 kN

38,8 %

52,6 %

Figure 10: Cantilever model according to Bejtka [6]

It can be clearly seen that the reinforcement load
increases constantly until the end-grain.
With the help of the findings from the cantilever models
the following five test series were prepared.
Table 1: Test series

Name
ST16-STn1-m1
ST16-ESn1-m1
ST20-ESn1-m1
ST16-ESn5-m1
ST16-ESn2-m2

Dowel
diameter
[mm]
16
16
20
16
16

Dowel
material

Number
of
dowels
in a row
(n)

Number of
dowels
perpendicular
to grain (m)

S235

1

1

1

1

1

1

5

1

2

2

Stainless
steel
Stainless
steel
Stainless
steel
Stainless
steel

For the test series the dowel diameter, the dowel material
and the number of dowels were varied as it is shown in
Table 1.
Figure 11 shows the different test specimens that were
produced. The upper dowel connection was
overdesigned in each case, so that the failure always
occurs in the lower connection. The specimens were
100 mm thick, 160 mm wide and 750 mm or 1000 mm
long. The specimen consisted of glue-laminated spruce
with the strength class GL24h. Care had to be given to
the area around the lower dowel connection so that it is
free of wood defects like knots, compression wood, etc.
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F

Reinforcing screws

482

1000

116

22,8

116

22,8

9

100

Reinforcing
measurement
screws

72

5d
80
5d
80
7d
112

In most tests stainless steel dowels were used because
they exhibit a reduced friction to wood. Consequently,
stainless steel dowel connections are less favourable
relating to the splitting force. It was necessary to position
the measurement screw so that the strain gauge is exactly
below the axis of the dowel as shown in Figure 12. Thus,
it is possible to measure the correct splitting force.

F

22,8

5d
80

Figure 11: Test specimen
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40 40 40 40 40 40 40 40 40 40
10

216

53,3 53,3 53,3
160
80
80
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80

1000

5d
80

5d
80

402

5d
80

40 40 40 40 40 40 40 40
10

7d
112

72

F

45,5

45,5

F
Test specimen

Figure 13: Test set-up of the reinforced dowel connection
ST16-ES-n5-m1

Dowel
Measurement screws

Slotted-in steel plate
Strain gauge

F

Overdesigned
dowel-type
connection

F

Figure 12: Position of the measurement screw in the specimen

3.3 TEST SETUP
After some preliminary tests various set-ups of doweltype timber connections reinforced with measurement
screws were tested. Details concerning the test program
are listed in Table 1. The exemplary configuration of a
timber connection with n = 5 dowels in a row parallel to
the grain and eight reinforcing measurement screws is
shown in Figure 13 and Figure 14 respectively.
Due to the lack of measurement equipment it was not
possible to equip all ten reinforcements with
measurement screws so that standard fully-threaded selftapping screws were used for the top row of the joint.
A further reason is the result of the cantilever model in
[5] which predicts that the upper reinforcing screws get
the least load of all. Finally the lower eight reinforcing
screws were executed as measurement screws and
connected with the measurement amplifier.

Reinforcing screws

Reinforcing
measurement screws

Connecting cable to
the measurement
amplifier

Figure 14: Test set-up ST16-ES-n5-m1

Dowels
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The tests were carried out with the universal testing
machine lignum_uni_275 at the Lignum Test Center at
the Institute of Timber Engineering and Wood
Technology at Graz University of Technology.
Additional to the total load and the displacement of the
testing machine the axial loads in the measurement
screws were measured.
The testing procedure was based upon the estimated load
carrying capacity Fmax,est of the dowel connection and
was carried out according to ÖNORM EN 383 [7]. At
the beginning of the test the specimen was loaded forcecontrolled (ak) within 120 s until 40 % of Fmax,est was
reached. That load was held constantly for 90 s to
control the load behaviour in the reinforcing screws.
After that a force-controlled unloading was executed
until 10 % of Fmax,est was reached within 90 s. The load
was held again for 90 s again at this level. Then the load
was increased until 70 % of Fmax,est. Afterwards, the
specimen was loaded displacement-controlled until the
connection failed or the test was manually stopped. The
described testing procedure is shown in Figure 15.
F/Fmax,est
Material failure

aw

[m

m/

mi
n]

1,0

90 s
120

210

300

The different test configurations served to compare the
results with each other and with literature and standard
values.
3.5 TEST RESULTS
The analysis of each test included the load-displacement
diagram (exemplary in Figure 17) which shows the path
of the total load in the entire dowel connection (force of
the testing machine), the measured loads of each
measurement screw as well as their average values. The
displacement of the testing machine is plotted on the
abscissa. On the left ordinate the load of the testing
machine is plotted. The load of the measurement screws
is plotted on the right ordinate. This one is scaled
compared to the left ordinate so that the curves are more
clearly arranged. The curve “load within the connection”
was marked at the maximum load of the plateau Fmax,P.
This point served as refercence for the reinforcing
percentage of the load carrying capacity per dowel and
shear plane (percentage displayed in brackets at the
measurement screw curve). The reinforcing loads in the
measurement screws are marked as value and percentage
(ηMS) in position of Fmax,P. and right before the point of
contact between the dowel and the measurement screw.
In Figure 17, an exemplary analysis of reinforcing forces
of a test with n = 1 dowel and 2 reinforcing measurement
screws is shown. It can be clearly observed that the load
in the measurement screws increased abruptly at the
moment when the specimen splits.

390

70000

t [s]

ca. 700 s

Figure 15: Testing procedure

The tests were interrupted when the dowels came in
contact with the measurement screws as shown in
Figure 16. If the loading would have been increased after
that point the measurement screw would begin to form a
plastic hinge and the measured reinforcing load would
increase extremely. The loads in the reinforcing
measurement screws obtained at that point of contact
were analysed in relation to the maximum load carrying
capacity per dowel and shear plane.

Load in the dowel-type
timber connection[N]
[N]
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0,1
0

af [

n]

af [
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/m
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0,7



One test reinforced with self-tapping screws until
failure
Four tests reinforced with measurement screws until
contact between dowel and measurement screw

Fmax,P = 59.136 N
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12000
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Splitting failure of the
specimen

40000

7.692 N (26,0%)

8000

5.952 N (20,1%)
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5.939 N (20,1%)

20000

4000

3.913 N (13,2%)
Load within the connection
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MS-16
MS-16
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Mittelwert

10000
0
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measurement screw

0
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Weg[mm]
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30

35

2000

40
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in den Messschrauben
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3.4 TEST EXECUTION

0

ca. 25 mm

2,5d

Figure 17: Load-displacement diagram of a dowel-type timber
connection reinforced with measurement screws

Figure 16: Displacement of the dowel

Per test series (Table 1) the following dowel connection
tests were carried out:
 One test unreinforced until failure

For every single test the corresponding diagrams were
plotted and analysed. Additionally, for every test series a
summarising table and a statistical evaluation were
prepared. The most important findings of the relevant
test series are listed in Table 2.
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Table 2: Results of the test series

ST16-ESn1-m1

43268

42318

ST20-ESn1-m1

57404

test

62427

ΦP-J
[%]

Φv-u
[%]

Proportion of the reinforcement load to
the load per dowel and shear plane [%]

Fmax,P
[kN]

ηMS,mean ηMS,max
[%]
[%]

97.3 % 129 % 29.1 % 29.1 %
109 % 119 % 31.7 % 31.7 %

ST16-ES219510
n5-m1

200822 91.4 % 142 % 31.2 % 51.0 %

ST16-ES180336
n2-m2

170746 94.6 % 129 % 32.2 % 47.4 %

The following denotations were used for the
computation of the results in Table 2:
 Test series denotation
 FJoh.…
Mean value of the calculated load
carrying capacity per dowel and shear
plane according to Johansen [8]
 Fmax,P.… Maximum load of the testing machine at
the plateau of the curve (Figure 17)
 ΦP-J…
Relation between Fmax,P. and FJoh.
 Φv-u…
Relation of the load carrying capacity
between reinforced and unreinforced
dowel connections
 ηMS,mean… Ratio of the reinforcing load to the load
carrying capacity per dowel and shear
plane. This is an average value of all
measurement screws in a dowel
connection.
 ηMS,max … Ratio of the maximum reinforcing load
of the measurement screws to the load
carrying capacity per dowel and shear
plane
Table 2 shows that the deviation (ΦP-J) between the
calculated (FJoh.) and the tested (Fmax,P.) load carrying
capacity is just 9 %. The reinforced connections have a
19 % to 42 % higher load carrying capacity compared to
the unreinforced connections. For test set-ups with one
dowel and two measurement screws the average amount
of the reinforcement load compared to the load carrying
capacity per dowel and shear plane (ηMS,max) is about
30 %. For connections with several dowels in a row
parallel to grain direction the maximum value ηMS,max is
up to 51 % in the last reinforcing element. The average
of the reinforcing load of all measurement screws in a
connection is about ηMS,mean ~ 30 % (according to the
specification in ÖNORM B 1995-1-1:2014 [8]).
From the analysis of the test data it was observed that the
standard value for the design of reinforcing elements
according to Schmid [5] and ÖNORM B 1995-1-1 [1]
are lower than the peaks of the test results especially for
set-ups with several dowels in a row parallel to the grain.
Furthermore, an interesting path of the reinforcement
loads in the connection with several dowels in a row
parallel to the grain direction was established and is
depicted in Figure 18.
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Figure 18: Load distribution in the reinforcing screws

The average curve (red curve) of the reinforcement loads
shows that the reinforcing elements in the outer areas are
more loaded than those in the middle of the dowel
connection. Unfortunately, the reinforcing loads behind
the first dowel (on the left side in Figure 18) were not
measured because of the reasons mentioned in 3.3.
Furthermore, the cantilever model (Figure 10) indicates
that the first reinforcing load is the lowest and increases
in end grain direction (yellow curve). Consequently,
only an assumption can be made for the reinforcement
load path in the front section (dashed line). Also the
boxplots in Figure 18 demonstrate that the result of the
reinforcing load distribution differs from the load
distribution according to the cantilever model. The
assumed extended resulting distribution is reminiscent of
the load distribution of long riveted joints according to
Volkersen [9]. Also Lantos [10] investigated the load
distribution of dowel connections. In Figure 19 the load
distribution of dowel connections according to Lantos
[10] is shown in a bar graph and the extended measured
distribution of the reinforcement loads is superimposed
onto it (continuous red curve).
30%
Amout of load in the dowels [%]

FJoh.
[kN]

Position of the measurement screws
60%

load distribution of measurement screws

25%

load distribution of dowels (Lantos)

20%
15%
10%
5%

0%

1

2
…..
…..
Position of the dowels

…..

n

Figure 19: Load distribution of dowels in the joint

There is a remarkable correlation between the load
distributions recognizable. However, it is necessary to
point out the fact that this comparison is a working
hypothesis. To prove this correlation further research on
that topic is necessary. For that purpose it is important to
measure the load in all reinforcing elements and
additionally the load in every single dowel.
Based on the test findings a design proposal for
connections with several dowels in a row parallel to
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grain direction was specified. The proposal is to
reinforce the outer thirds with ηMS = 50 % and the inner
third with ηMS = 15 % in relation to the load carrying
capacity per dowel and shear plane (Figure 20). If that is
proven it is allowed to set nef = n for the design of the
dowel connection.
1/3
ηMS = 50 %
(is to prove)

1/3

ηMS = 15 %

With the aid of measurement screws and measurement
dowels in one connection the resulting load distributions
and their relation can be analysed. To verify the
mentioned working hypothesis (Figure 19) it is
necessary to carry out further test series whereby the
load in the dowels and the load in the reinforcing screws
have to be measured at the same time.

1/3

ηMS = 50 %

4 APPLICATION IN BUILDING
MONITORING SYSTEMS

Figure 20: Design proposal

3.6 Initial attempts including measurement dowels
A possibility for the direct measurement of the
transmitted load in each single dowel is to apply the
dowels with strain gauges. Therefore holes were drilled
eccentrically into the dowels for some preliminary tests.
Afterwards strain gauges were applied in the holes as
shown in Figure 21.
It was necessary to calibrate every single dowel, but it
was also important to put the dowels always in the same
position (the strain gauges have to be vertically aligned)
to be sure that the determined load was correct. Initial
attempts showed that this measurement method works.
A configuration of reinforced dowel connection with
five measurement dowels in a row is shown in Figure 22.

Furthermore, measurement screws can be applied as
monitoring elements in screwed joints of existing timber
structures. In addition to the real-time monitoring
devices they can also serve as an early warning system.
In Figure 23 an example is shown where measurement
screws could be applied to monitor the load in a screw
connection of a timber frame corner. Thereby some
screws which bear the most load according to the
capacity design are realised as measurement screws.
Thus, if the load carrying capacity of the screwed
connection is exceeded a warning system can trigger the
alarm.

117
58,5

11

16

Measurement
screws
Messschrauben

2,5

Ø2

58,5

2,5

Ø2

Figure 21: Measurement dowel

Figure 23: Measurement screws in monitoring systems

In addition to the acting forces it would be also
important to measure the moisture content of timber
because shrinkage and swelling can cause high loads in
fasteners (see e.g. [4]).
Monitoring of engineered structures has become more
and more important in the past years. The highly
developed technical devices such as computers,
smartphones and measurement equipment but also the
technologies like wireless data transfer make the
monitoring of structures more convenient and available
for everyone.
If structures are sufficiently equipped with monitoring
sensors such as measurement screws a reduction of
partial safety factors could be envisaged.

Figure 22: Initial attempt of a connection with measurement
dowels
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5 CONCLUSIONS
It was established, that a practical production of
measurement screws is possible and that they are
suitable for several applications in laboratory
investigations and consequently for monitoring systems.
Test series of dowel connections applied with
measurement screws as reinforcing elements showed that
the design value in ÖNORM B 1995-1-1 [1] is too
progressive. Especially in connections with several
dowels in a row parallel to the grain direction the design
value (30 % of the load carrying capacity per dowel and
shear plane) is exceeded by some reinforcing screws at
the ends of the joint.
Based on conducted test series of reinforced dowel
connections a new design proposal was suggested. To
verify this design proposal it is necessary to carry out
further tests in the future. For that purpose it is important
to measure the load in all reinforcing elements and in
every single dowel to prove the correlation.
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EFFECT OF ARRAY ON TENSILE LOAD CARRYING CAPACITY CLT
DRIFT PINNED JOINT
Shoichi Nakashima1, Akihisa Kitamori2, Yasuhiro Araki3, and Hiroshi Isoda4
ABSTRACT: A reduction coefficient is applied in usual design of multiple dowels type connections. The numbers of
stiffeners in row is one of important factor to decide this coefficient. CLT drift pinned joint showed small orthotropy
against in plane tensile load. Tensile tests of multiple drift pins joints were performed to evaluate the effect of array.
Numbers of drift pins n in each specimen were same (n=12), but the arrangements were different (2 x 6, 3 x 4, 4 x 3, 6
x 2). Also the grain directions were parameters (0, 90 degrees). The reduction of initial stiffness and proportional limit
load showed good agreement between theoretical prediction and experimental results.
KEYWORDS: CLT, Drift Pinned Joint, Multiple Joint, Array, Reduction Coefficients

1 INTRODUCTION
Today, screws are commonly used for the CLT
connections.
Multiple screws were used for one
building.
In earthquake prone countries, it is demanded the
connectors that have high ductility and high stiffness. In
addition, workability is also important for the
construction.
Drift pins also have high ductility as screws. Besides,
because of the its large diameter, it might be rigid
connection with a few connectors.
To design the multiple dowels type connection,
reduction coefficients for the connection’s property such
a stiffness, maximum load will be used.
AIJ standard [1] provide the reduction coefficient to
design the multiple dowels type joints. The numbers of
stiffeners in a row correspond to the reduction
coefficients.
In the previous research about CLT drift pinned joint,
Initial stiffness of the single drift pinned joint were
derived based on the FEM based on beam on elastic
foundation model[2], and yield load also derived based
on European yield theory[3].
CLT drift pinned joint showed small orthotropy against
in plane tensile loading [3][4]. CLT itself also have small
orthotropy against tensile and/or bending. The aim of
this research is to obtain the reduction coefficient and its
dependence on grain angle orientation.
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Figure 1: Definitions of connections
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Figure 3: Load distribution on the connection.

2 EFFECT OF ARRAY
2.1 LOAD DISTRIBUTION ON DRIFT PINS

dN1
= c(us − uw )
dx

(1)

where, us and uw are the displacement of steel plate and
timber member, and c indicates the unit length stiffness
of connection. Then, N1 will be derived as follows,
N1 = B1 sinh(ωx) + B2 cosh(ωx) +

Es As
P
Es As + Em Am

(2)
where, B1 and B2 are the coefficients of deferential
equation, Es and As are the young's modulus and cross
sectional area of steel plate, Ew and Aw are the young’s
modulus and cross sectional are of timber member.
r
ω=

c

(Es As + Ew Aw )
Es As Ew Aw

(3)

boundary conditions N1=P (when x=0), N1=0 (when
x=L), equations will be solved as follows;
Ew Aw cosh(ωL) + Es As
P
B1 = −
(Es As + Ew Aw ) sinh(ωL)

B2 =

Ew Aw
P
Es As + Ew Aw

(5)

Table 1: Material properties for the calculation

E0
(N/mm2)

E90
(N/mm2)

Es
(N/mm2)

k0
d
(N/mm) (mm)

6000

200

205000

30000
*n/neff

12

1.2

Coefficients of reduction neff/n

The calculation based on linear elastic theory. Elastic
equations by Jorissen[5] expressed by the differential
equation were solved as follows. As shown in Figure 2, a
timber member and a steel plate were replaced as beam,
respectively, and drift pins were expressed as springs.
The differential of axial load on steel plate (N1) is
derived as follows;

1
0.8
0.6
0.4

nall=12
e1=e2=7d

0.2
0

1

2

3 4 5 6 7 8 9 10 11 12 13
Numbers of fasteners in a row

Glulam
CLT(Parallel)
CLT(Perpendicular)
Figure 4: Effective numbers of drift pins on initial stiffness.

(4)

dN1
= B1 ω cosh(ωx) + B2 ω sinh(ωx)
dx

(6)

On the case of the Figure 1, stiffness c and total length
of the connection L are expressed as follows;
L=a·d·n

(7)

k0
ad

(8)

c=

where, ad is drift pin pitch and end distance (d is
diameter of drift pin), k0 is stiffness of unit drift pin
double shear connection, n is numbers of drift pins in a
row.
Equation (7) indicates the normal axis change rate of the
steel plate. The integration from one drift pin to the next
drift pin along the x axis is corresponding to the load of
drift pins. Figure 3 is the example of the calculation.
Blue square indicates the load distribution on the drift
pins.
Equations from (1) to (6) were quoted from Jorissen’s
equations[5].
2.2 EFFECTIVE NUMBERS OF CONNECTION
The coefficient of effective numbers of drift pins neff/n is
the mean value of these loads divided by the maximum
load. Hence, the coefficient is expressed as follows;


√

Es As Ew Aw (Es As +Ew Aw ) sinh (ωL)
√
L(Ew Aw cosh (ωL)+Es As ) c
Es As Ew Aw (Es As +Ew Aw ) sinh (ωL)
√
L(Ew Aw +cosh (ωL)Es As ) c

1
0.8
0.6
0.4
0.2
0

(9)

2.3 RATIO OF NORMAL AXIS STIFFNESS
The ratio of normal axis (γ) defined by equation (10)
affects to coefficients of reduction.
γ=

Es As
Ew Aw

3

4 5 6 7 8 9 10
Drift pin spacing e1
Glulam
d=12
CLT(Parallel)
e2=7d
CLT(Perpendicular)

Figure 5: Relationships between coefficients of
reduction neff/n and drift pins

(10)

Figure 6 shows the relationships between coefficients of
reduction nef/n and ration of normal axis γ.
Drift pin diameter d =12, edge distance and drift pin
pitch e1=7d. Drift pin numbers in a row n=6, and nall =12.
The connection are drawn in figure 8.
Figure 8 also shows the load distribution on the
connection.
Coefficients of reduction neff/n

Coefficients of reduction neff/n

nef
= min 
n


√

Figure 4 shows the relationships between nef/n and the
numbers of drift pins in a row n. As the material of
timber beam, CLT (loaded parallel to the grain
direction), CLT(loaded perpendicular to the grain
direction), and glulam were used. Material properties for
the calculation is tabulated in table 1. Young’s modulus
of CLT were calculated based on k-method[6] which
reported in CLT handbook.
These coefficients neff/n also depend on normal axial
stiffness of steel plate EsAs, timber member EwAw, and
stiffness of drift pins k0. Also, effective length of
connection L affects on the coefficients as shown in
figure 5.
Figure 5 shows the relationships between Coefficients of
reductions and drift pin pitch ad in a row.
Diameter of drift pin d=12. Numbers in row n=6 and nall
=12, End distance e2=7d, thus the width of the members
is not varied.
As shown in figure 5, to avoid the reduction of stiffness
caused numbers of drift pins, it is effective to reduce the
distance between drift pins in a row.
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Figure 6: Relationships between coefficients of
reduction nef/n and ration of normal axis γ
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Figure 7: The example of the load distribution on
the connection. γ was expressed as function of x. n=6,
nall=12, e1=7d, e2 =7d, the width of steel plate x was
parameter for the study.
Drift pins

Steel jigs

Figure 8: Test set up

γ =1, that means EsAs = EwAw, is the peak of the
reduction coefficient neff/n.
3.1 MATERIALS

3 EXPERIMENT
Tensile test of 12 drift pins CLT connections were
carried out to confirm the previous theory. The apparatus
of specimen and the material properties were mostly
same as the figure 1 and table1.

The specimen consists of CLT (5 layers, Japanese cedar;
Cryptomeria japonica, Mx60 graded by JAS, thickness
of laminae is 30 mm, thickness of CLT is 150mm,
adhesive is API, sides of laminae is not glued), steel drift
pins (yield strength F=309 N/mm2, diameter d = 12,
Table 2: Parameters
Total
numbers
of drift
pins

Outer
laminae
direction
against load
direction

Numbers
of drift
pins in a
row

Specimen
width

nall

θ

n

BCLT

Bst

K2-6

12

0°

2

588

492

K3-4

12

0°

3

420

324

K4-3

12

0°

4

336

324

K6-2

12

0°

6

420

324

J2-6

12

90°

2

588

492

J3-4

12

90°

3

420

324

J4-3

12

90°

4

336

324

J6-2

12

90°

6

420

324

name

6×2 Parallel

4×3 Parallel

3×4 Parallel

2×6 Parallel

6×2 Perpendicular 4×3 Perpendicular 3×4 Perpendicular 2×6 Perpendicular

Figure 9: Parameters

Gages
Strain gages

(mm)

Steel
plate
width
(mm)

Table 3: Properties of Specimens

Gages

Strain gages

Figure 10: Measurement of strains on members

LayersPlys

Laminae
thickness

CLT
thickness

Species

Grade
on JAS

Side
gluing

5-5

30 mm

150 mm

Japanese
cedar

Mx60,
B

n/a

length l is 180mm) and a steel plate (SS400, t=9mm,
hole diameter ds = 14mm). The 12 mm slit to insert steel
plate (t=9) is made on the center of the CLT.
3.2 TEST METHODS
Figure 8 shows the set up of tensile test. A steel plate
was fixed on the floor, and tensile load were applied on
the CLT. Relative displacement between CLT and steel
plate were measured. Tensile strain distributions on steel
plate and CLT were also measured by strain gages.
Tensile load were applied with Intron 1000kN testing
machine, loading protocol was monotonic loading.

Numbers of Drift Pins in a Row n

Numbers of Drift Pins in a Row n

Numbers of Drift Pins in a Row n

Numbers of Drift Pins in a Row n

3.3 PARAMETERS
The parameters of the test were arrays of pins (6x2, 4x3,
3x4, 2x6) and grain directions of outer laminae (parallel
and perpendicular to the load axis) as shown in Figure 9.
Total numbers of drift pins are 12 in each connection.
Repetitions are three on each parameter. End distances
and edge distances are 7d. Pitches are 7d except
horizontal pitches of 2x6 specimen. Horizontal pitches of
2x6 specimens were 260mm that is larger than 7d, to
avoid tensile failure of CLT.

Figure 11: Relationships between Stiffness, Proportional
limit load, 5% offset yield load and numbers of connection in
row (ny). Notes: ●: Grain direction is parallel to the loading
axis, ○: Grain direction is perpendicular to the loading axis.
◆: previous test results for single drift pin joint [3].

3.4 FAILURE MODE AND
LOAD DISPLACEMENT RELATIONSHIPS
Figure 12 and Figure 13 show the specific failure mode
and averaged P-δ curves of each parameter. All
specimens showed opening of the gaps after the tests as
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Figure 12: Split failure on the sides.
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Figure 13: P-δ average curves (n=3). Notes: 0:Parallel, 90: Perpendicular.
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Figure 14: Coefficients of reduction neff/n calculated and experimental results of initial stiffness and proportional limit loads

shown in Figure 10. The split failures from the end of
the slit appeared and it spread to upside gradually. After
the length of the gap at the bottom exceeds drift pin
length, the load was decreased gradually (shown in
figure 11).
There are not so large difference among the parameters
on the shape of the curve. The split failure between drift
pins were not appeared, same as the single drift pin
connection [5].
Because of the split failure shown in Figure 11, the
maximum loads were smaller than the single drift pin
connection, but the difference of the parameters were not
so large.
3.5 EFFECTS OF ARRAY
Figure 12 shows the comparison of initial stiffness,
proportional limit, yield and maximum loads of multiple
connection tests against the single joint tests [5]. The
ratio of reduction of multiple joint was 90-95%. As the
drift pin numbers in row increased, ratio of reduction
became larger. This reduction tendency was larger on the
loading perpendicular to the grain direction than parallel
to the grain direction. These tendencies were similar to
the theoretical prediction [2].
The effects of arrays among the parameters were not
large on yield load. The difference of maximum loads
between between single and multiple joint is not small
because it depends on splitting of the gap. It seemed to
be due to the split on the side such as Figure 4.
3.6 STRAIN DISTRIBUTION
The strains measured by strain gage on each parameters
were plotted on Figure 15. To compare the theoretical
load distribution calculated by equation (6), the
deferential of the strains were plotted on Figure 16. the
plots are the strain distribution on 0.5% of Pmax (the
markers are ◆) and 90 % of Pmax (the markers are ▲),
respectively. The markers of □ indicates the calculated
load distributions by the equations of chapter 2. the
shapes of the curves were similar on each other.

4 CONCLUSIONS
The reduction coefficient for the multiple dowel type
joint with CLT were derived. To confirm the derived
relationships between reduction coefficient neff/n and
number of drift pins in a row n, the tensile tests were
performed.
The parameters of experiment is numbers of the drift
pins in a row (n=2,3,4,6) and the grain angle outer
laminae against the loading direction (θ=0°, 90°).
As the results of theoretical analysis it might be said that;
- The reduction coefficient for the multiple dowel type
connection depends on the drift pin pitch along the
row, normal axial stiffness, stiffness of the single
connection.
- The normal axial stiffness of two members (the steel
plate and the timber member) should be close to avoid
the reduction.
- The drift pins pitch in a row should be small to avoid
the reduction.
As the results of the experiment we will conclude that;

- The orthotropy of P-δ curves were small.
- The differences among the parameters were also
small.

- The failure mode was split on the side of the joints.
- As the drift pin numbers in row increased, ratios of

reduction for the stiffness and proportional limit load
became larger. The reduction of initial stiffness and
proportional limit load showed good agreement
between theoretical prediction and experimental
results.
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FUNDAMENTAL RESEARCH CONCERNING THE CONSTRAINT EFFECT
OF EMBEDMENT IN TIMBER PEGGED CONNECTION
Atsushi Tabuchi
ABSTRACT: Embedment at the pegged connection has the constraint effect caused by peripheral part, and a difference
of embedment on a plane. This paper presents the results of several partial compression tests on a grooved bottom
surface of a timber on the assumption that embedment was taken place on a pegged connection. The dimensions of
specimen (Sugi:Cryptomeria japonica) was 105mm x 105mm x 105mm with a 15mm width groove and 120mm x
120mm x 210mm with a 30mm groove. The parameters of each test were the depth of the groove, which was 0mm,
same of the width of the groove and twice. As the results of these experiments, the following were found. Regardless of
the width of the groove, the embedment constraint force acts, and shear failure occurs in a direction parallel to the grain
when it is released, and no relationship was seen between the depth of the groove and the embedment constraint force.
KEYWORDS: Pegged connection, Embedment, Partial compression, Traditional timber building

1 INTRODUCTION 1
In Japanese traditional timber buildings, based on the
fitting of joints, strength development using the
embedment deformation between timbers is expected.
As a method for extending the shaft member in the
longitudinal direction, kanawa-tsugi connections and
okkake-daisen connection are used, and for orthogonal
components it is standard to use tenons and pegs for
joints. Especially regarding the latter, the pegs constrain
the tenons from pulling out, so embedment occurs at
these connections. In short, accurately evaluating the
embedment phenomenon and designing for it, is
important in evaluating the mechanical characteristics of
traditional timber houses. Formerly there was research
by Madsen[1], and in Japan an embedment evaluation
theory by Inayama[2] (hereafter Inayama theory) has
been used in design. In the Inayama theory, there are
two types of evaluation method: for constant embedment,
and for triangular embedment; both assume embedment
on the surface of a flat member and on full support. On
the contrary, for tenons, foundations, or mortise holes
drilled in beams, when pegs are inserted and subjected to
a compressive force, the embedment force is subject to a
peripheral constraining force. Similar research included
the work by Sawata et al[3]., concerning embedment of
dowel type. Embedment strength tests were performed
for both parallel and perpendicular directions to the grain.
This was an experiment on the circular cross-section of
the drift pin, etc., and do not take into account the impact
of extra length or the wood height.

In this study, focus was given to the embedment
constraining force, and fundamental experiments were
conducted in order to evaluate the yield strength of peg
junctions, therefore these results will be reported.

2 EXPERIMANTAL METHOD
2.1 SPECIMEN
Figure 1 shows the shape of the specimen (Sugi:
Cryptomeria japonica). Two types were prepared: (A)
with a cross sectional dimension of 105 mm × 105 mm,
and (B) with one of 120 mm × 120 mm. In the center of
each specimen a rectangular groove of d (mm) was cut
orthogonal to the grain. For the 105 mm cross sectional
specimen A, d = 15; and for the 120 mm cross sectional
specimen B, d = 30. The 2 depths of the groove were
used: d (mm) or 2d (mm),
and the length from the
edge of the groove to the
butt end was 3d (mm).
The experiment was also
carried out with d = 0 for
each specimen A or B as a
control.

1

Atsushi Tabuchi, Kyoto Prefectural University,
a-tabuchi@kpu.ac.jp

Figure 1: the shape of the specimen
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Table 1: Experimental design

Figure 2: Setup diagram of the test

Figure 3 (a): Relationships between stress and displacement of cross head in cases of 15-0 and 15-15

Figure 3 (b): Relationships between stress and displacement of cross head in cases of 15-30 and 30-0

Figure 3(c): Relationships between stress and displacement of cross head in cases of 30-30 and 30-60
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Figure 4: Comparison of restricting effects
2.2 MEASUREMENT
Figure 2 shows the setup diagram of the test. A
compression force was imparted to the specimen through
an iron loading plate of 15 mm × 22 mm × 180 mm for
specimen A, and an iron loading plate of 30 mm × 22
mm × 180 mm for specimen B. Loading was performed
using a Shimadzu UH-500kN, and the rate of loading
was 2 mm/min.

3 RESULTS AND DISCUSSION
3.1 OVERVIEW
3.1.1 STRESS-STRAIN RELATIONSHIP
Figure 3(a)-(c) shows the relationship between
compressive stress and strain for each specimen. Here
the stress (𝜎), in equation (1), is load (P) divided by the
loading area (𝑤𝐻), and the strain (𝜀) , in equation (2) is
obtained by dividing displacement (𝛿 ), which is the
displacement of the crosshead of the loading device by
the wood height (H).
𝑃
𝑤𝐻
𝛿
𝜀=
𝐻

𝜎＝

(1)
(2)

On each of the specimens following loading, a decrease
in stiffness was observed after some time had passed,
and although there was no clear yield point, compression
characteristics appeared in areas where the load stopped
increasing. A decrease in load was observed in the
vicinity of an approx. 12 mm displacement for the A
series, and in the vicinity of an approx. 17 mm
displacement for the B series. This is thought to be the

Figure 5: Shear cracks and failure by embedment(15-0).

result of shear fracture occurring in a direction parallel to
the grain of the specimen as the force restraining
embedment was released.
However, the decrease in load due to shear failure in the
B series was somewhat unclear compared with that of
the A series.
Next, Figure 4 shows the average value of the
relationship between compressive stress and strain for
each specimen. It was seen that a constraint effect
existed, in that for both the A series and B series the
stress vs. strain curve shows higher stress when there is a
groove than when d = 0 mm. On the other hand, no
effect from the groove depth (𝑤) was observed.
3.1.2 STATUS OF DESTRUCTION
1) 15−0 (Figure5)
Although embedment forms just below the loading plate,
cracks formed at the butt end when the displacement
reached around 10 mm (about 1% of strain). Continuing
to add load resulted in deformation in the form of
swelling towards the radial direction of the annual rings.
As a result, when looking at the surface of the butt end,
we understood that cracks had formed along the annual
rings, as well as towards the radial direction.
2) 15-15 (Figure6)
Along with the progression of embedment just below the
loading plate like in 15-0, cracks formed in the direction
parallel to the grain. However, the cracks did not
penetrate from either of the sides.
3) 15-30 (Figure7)
Along with the progression of embedment just below the
loading plate, the expansion of cracks towards the
direction parallel to the grain was the same as the
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aforementioned 2 cases. Because the crack was
penetrating for this test body in the direction of the grain,

there was almost no deformation above the groovebottom surface. What is more, the part below the groove-

Figure 10: Shear cracks and failure by embedment(15-15).

Figure 10: Shear cracks and failure by embedment(15-30).

Figure 10: Shear cracks and failure by embedment(30-0).

Figure 10: Shear cracks and failure by embedment(30-30).

Figure 10: Shear cracks and failure by embedment(30-60).
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bottom surface showed characteristics of partial lateral
compression like at groove-depth of 0 mm.
4) 30-0 (Figure8)
As with 15-0, the embedment 15-0 expanded with
increasing load, and cracks formed from the butt end
side.
5) 30-30(Figure9)
Along with the progression of the deformation, cracks
formed towards the direction parallel to the grain from
the groove-bottom edge, and towards the butt end
direction of the wood end. Furthermore, along with the
progression of the embedment deformation, cracks
formed in the radial direction.

1) Initial Stiffness (𝐾 )
Considering 𝜎 % being the situation when the strain is
5%, the Straight Line 1 that connects the two points at
0.1 𝜎 % and 0.4 𝜎 % is determined. The slope of this
Straight Line 1 is the Initial Stiffness (𝐾 ).
2) Secondary Stiffness (𝐾 )
The straight line connecting the point of intersection (𝑃 )
between the stress-strain curve and the Straight Line 1
(when it is moved in a parallel direction by 1% of strain)

6) 30-60(Figure10)
Cracks from the groove-bottom edge and from the butt
end of the wood end part formed almost simultaneously.
Although the groove-width became narrower along with
the expansion of crack width on the butt end, this had no
impact on the load.
3.2 STIFFNESS AND YIELD STRESS
3.2.1 DEFINITION
In evaluating the results of each experiment, we define
the 1) Initial Stiffness, 2) Secondary Stiffness and 3)
Yield stress in the following manner (Figure 11).

Figure 11: Definition of stiffness and yield stress.

Table 2: Results of the embedding stiffness and yield stress.

Figure 12: Initial stiffness and secondary stiffness as a function of specimen type
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and the 𝜎 % point (𝑃 ) is considered the Straight Line 2.
The slope of this Straight Line 2 is the Secondary
Stiffness (𝐾 ).
3) Yield Stress (𝜎 )
The point of intersection between Straight Line 1 and
Straight Line 2 is defined as the Yield Point, and the
stress and strain at this point is defined as the Yield
Stress (𝜎 ) and Yield Strain (𝜀 ), respectively.
3.2.2 STIFFNESS
Table 2 shows the average values and the coefficient of

variation of the Initial Stiffness, Secondary Stiffness and
Yield Stress determined this way. In addition, Figure 12
show the 50% lower limit (50% limit of the 75%
confidence level) of Initial Stiffness and Secondary
Stiffness, respectively. When comparing the average
values of the A-series ( 𝑤 =15mm) and B-series
(𝑤=30mm), both Initial and Secondary Stiffness was
greater for the A-series. With regards to the variance, the
B-series tended to have smaller variance than the Aseries. In particular, this trend was more profound in the
case of stiffness.
Figure 13 are distribution charts for Initial and

Figure 13: Relationships between the initial stiffness and secondary stiffness considering the effective height

Figure 13: Relationships between the initial stiffness and secondary stiffness considering the end distance and the
effective height

Figure 15: The stress at 5% strain and yield stress as a function of specimen type
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Secondary Stiffness, respectively. While the left side
chart in Figure 13 makes comparisons between values
divided by the effective wood height (𝐷 − 𝑑), the right
side chart in Figure 13 compares Initial Stiffness and
Secondary Stiffness as it is. Although positive
correlation for Initial and Secondary Stiffness, where the
former shows correlation through a coefficient of
determination ( 𝑅  ) of 0.52, the latter had a low
coefficient of determination (𝑅  ) of 0.18, which was not
a result that suggested correlation. For this reason, it
would be effective to make considerations using the
value that removes the impact of effective wood height.
Figure 14 shows the results after dividing by excess
length (𝐿 ), while there are also results that were divided
by effective wood height (𝐷 − 𝑑) after dividing by the
end distance. Both had positive correlation and high
coefficients of determination (𝑅  ) of 0.71 and 0.73,
respectively, suggesting strong correlation. For these
reasons, the results suggested that for the embedment
stiffness, both Initial and Secondary Stiffness seems to
be significantly affected by the end distance part.
3.2.3 COMPARISON OF YIELD STRESS
When comparing the yield stress (Table 2), although the
results for A-series tended to be larger, the difference
was not as great as it was for the stiffness. This is
because, as we defined yield stress to be the point of
intersection between the straight lines representing Initial
Stiffness and Secondary Stiffness, the Yield Stress

becomes lower as the Secondary Stiffness becomes
greater. When comparing the average values for both A
and B, even though the yield stress becomes larger as
depth (d) becomes larger, because the variance increases
too, the 5% lower limit is not necessarily proportional to
depth. What is more, Figure 15 shows the average and
variance of 𝜎 % , and shows that the trend is same as for
Yield Stress (𝜎 ). Figure 16 shows the average and
variance of Yield Strain, and yield strain was largest
when 𝑑 = 𝑤.
Figure 17 show the relationship between yield stress and
the strain occurring at this time. The left side chart in
Figure 17, the linear regression lines were determined
for when 𝑤 = 15 mm and 30 mm. Both widths (𝑤)
showed positive correlation, and the correlation was
stronger for 𝑤 = 15. In the case of the right side chart in
Figure 17 which determined a regression line by
combining 𝑤 = 15 mm and 30 mm, although correlation
became slightly weaker, we confirmed a positive
correlation.

4 CONCLUSIONS
From the results of the compression tests aimed at
clarifying the embedment constraint that occurs at the
peg implant junction, the following were found:
• Regardless of the width of the groove, the embedment
constraint force acts, and shear failure occurs in a
direction parallel to the grain when it is released.
• No relationship was seen between the depth of the
groove and the embedment constraint force.
• Issues remain, such as the possibility that differences
in conditions, including the length from the groove to
the end of the wood, or in the support conditions at
the bottom of the specimen, etc., may cause
differences to arise in the effect of the constraining
force.
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INCREASING THE VALUE OF STRENGTH GRADED TIMBER BY
INDUSTRIAL COMPUTER TOMOGRAPHY
F d ri o Giudi andr a1, Enri o Urs lla2, Enri o Vi ario3, Andr as Rais4
ABSTRACT: Computed tomography (CT) scanning has the potential to improve monetary outcome of logs and meets
the increasing demands of wood industry for detailed information on timber quality prior to processing.
A sample of 38 Douglas-fir logs passed the industrial CT-scanner C og of Microtec. Before sawing, a template was
sprayed on both end-grains of the logs to enable to create virtual boards corresponding to the real boards sawn. In a
validation part, it was investigated the match between virtual and real data using the knot cluster value DAB
(DIN 4074).The three largest knot values (DABs) of the virtual boards showed good correlations to the manual boards.
In a further optimization part, we wanted to point out the increase of boards’ value by varying the rotation angle; the knot
size error – as outcome of the validation – and a rotational error were considered in order to reproduce the real situation.
The simulation revealed an average increase of value from 5 % to 20 % compared to the median of all tested positioning
combinations depending on the chosen price differences between the strength grades.
Sawmill owners can save money since logs can be processed in a better way to final products with increased added value.
KEYWORDS: X-ray, wood scanning, log grading, wood quality, cutting pattern, rotation angle, end product

1 INTRODUCTION123
Compute tomography C to respon increasing uture
eman s on oo pro ucts
Requirements of the wood market on the final product are
continuously increasing. In order to cover these future
demands of the wood markets for wood products new
approaches have been implemented. Thus, steps in the
wood processing chain can be automated and optimized
based on non-destructive wood quality analysis and
grading.

Figure 1: C -scanner in use
In recent years new methods have been established to
predict internal properties of the wood in each stem.
Especially, computed tomography (CT) helps to ensure
that wood is used for its best possible application and
destination. Figure 1 shows an industrial CT-scanner in
action. As a modern powerful technology CT enables the
fast, correct and detailed acquisition of an enormous
amount of information about internal structures of objects.
An overview of the history, research and publications of
1
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CT-scanning of logs has been given by [1]. Pioneering
research was done by [2,3,4,5,6] on medical CT-scanners.
In general, log computed tomography can be used for both
log sorting as well as optimizing the cutting pattern [6]. In
terms of log sorting, the assessment of log quality helps to
sort the wood resource prior to processing. This
information provides a more effective usage of timber.
Consequently, significant savings of time and money can
be realized and potentially valuable wood waste can be
reduced since low quality logs are not processed further
and low quality timber will not be sawn or dried.
Regarding the optimization of the cutting pattern, the
potential of the technology provides a complete
reconstruction of the internal details of each log during
sawmill processing. Therefore, CT opens many new
opportunities of segregation and cutting optimization.
mpro ing sa n tim er yiel y rotating angle
The ongoing research aims at showing the increasing log
value by rotating the angle of logs. Some previous
investigations have dealt with the optimal rotational
position based on CT data [7,8]. All of these results
underline the potential value increase when applying the
log rotation. Value recovery is a function of both volume
and quality. Focusing on the volume recovery, [9] showed
that the average volume yield can be increased by
choosing an optimal rotation position. Additionally, they
took into account the parallel positioning (displacement)
of logs that is – in addition to the rotation and the skew –
one of the three types of log positioning (rotation, offset,
3
4
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skewing) affecting the search for optimal solution.
[10,11,8] analysed the impact of horns-up position on
volume recovery in more detail. [12] concluded that for
straight logs, with a bow height of less than 15 mm, an
unconventional rotational position does not cause excess
spring in the boards.
The value recovery can be improved taking into account
internal wood feature. This requires however the
application of a CT-scanner, whereas the outer shape can
sufficiently be determined and described by a 3D-scanner.
For appearance as well as strength grading the most
important internal wood feature is the position and size of
knots. On the other hand, a CT-scanner can measure many
internal features and can take into account the location and
size of knots for the optimization of log breakdown.
[11] observed a mean value increase of about 13% for
both Scots pine ( inus syl estris L.) and Norway spruce
( icea a ies) , if the rotation angle was optimized. The
horns-up position served again as the reference. Other
studies focused on hardwood and found also an increase
of sawmill yield [13,14].

Figure 2:
pattern

template as necessary to escri e the real sa ing

Logs have been sawn by a band saw. It was tried to get as
many centre boards as possible with the preferred crosssection of 50 mm × 160 mm in a cant sawing system. We
only focused on logs of which at least four boards were
sawn out.

jecti es
A validation part compares manual knot sizes with knot
sizes detected and computed with an industrial CTscanner. The objective of this study is furthermore to
explore whether the log rotation can be performed
successfully by using CT derived knowledge of outer
shape and internal knottiness. Is it possible to increase the
value by changing the rotational position of the log? The
study has taken into account a rotational accuracy and an
accuracy for the knot size. The latter accuracy is an
outcome of the validation part.

2 MATERIAL AND METHODS
In this analysis a sample of 38 logs of Douglas-fir
( seu otsuga men iesii [Mirb.] Franco) was used. The
history of the trees is well known. The trees originated
from two experimental plots in Southern Germany. More
detail about their silvicultural treatment and site
conditions are given in [15,16].
The 4.1 m long logs were scanned using a Microtec
C og high-speed CT-scanner [17]. The scanner is
generally capable of scanning logs up to a diameter of
80 cm and can be run at a longitudinal speed of
160 m min-1. The C og output is a 3D image of the logs,
with a cross sectional resolution of 1 mm and a
longitudinal resolution of 10 mm. The image processing
software is able to automatically detect many internal
features including knots.
ali ation section
Thereafter the logs were sawn to boards for structural
applications at a sawmill. In order to construct the original
position of individual boards within the log, a template
was used (Figure 2). Different colours were sprayed on
each of the two end-grains of the logs to enable to
reproduce the exact board position within the log. By
means of the template and the numbering, the original
position of a board can be reconstructed even after sawing
procedure.

Figure 3: Real a an irtual
cutting pattern at the ront
si e as ell as the our si es o a irtual oar c

Figure 3a and b compare the real and the virtual sawing
pattern. In addition to the template, the red plastic tags that
were used for labelling the logs, were helpful for the
virtual reproduction of the real sawing pattern as they
were visible in the photo as well as in the CT picture.
Figure 3c shows the four sides of a virtual board generated
by the CT software, in green are highlighted the
automatically detected knots.
All boards were also graded visually. The grading was
performed under laboratory conditions at the
Holzforschung München, i.e. detailed knot data was
available for the entire length of every single board. Table
1 gives an impression of the data used in the investigation.
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Table 1: Log and board characteristics

logs

boards

nlog
length in m
mid diameter in cm
mean
standard deviation
nboard
yield in % according to
DIN 4074 1)
S13
S10
S7
reject

38
4.1
35.8
4.3
183
5
34
86
58

1)

knot value DAB was taken into consideration when the boards were
visually graded

The sampled wood represented young thinning trees of
log dimensions that were usually sawn to structural
timber. The low quality was partly caused by the age of
40 years and the high proportion of juvenile wood. The
low quality is enhanced by the fact that only the main
boards were used for the investigation. Main boards were
sawn out of the log next to the pith and therefore contains
mainly juvenile wood.
From this data the DAB was derived (DIN 4074). The
proportion of knots is calculated from the total of knot
dimensions ai on all cut surfaces on which the knot
appears divided by two times the width b (Figure 4). Knot
dimensions that overlap are considered only once. Knots
are considered within a length of 150 mm (knot cluster).

Figure 4: he

accor ing to

The DAB as knot value is relevant in Germany when
lamellas for glued laminated timber are visually graded.
A simplified grading was carried out and only the knots
were considered. Figure 5 shows the histogram of the
manual DAB values of the whole sample.

Figure 5: istogram o the largest manual
o all oar s
n
the ertical lines represent the threshol alues or
the
accor ing to the gra es
,
, an
accor ing to

ptimi ation section
A second goal of this investigation was to underline the
increase of value by rotating the angle of the log before
cutting. We wanted to show the realistic value increase of
sawn timber by rotating the logs to their optimum position
compared with sawing all logs in the reference position.
The reference was assumed to be the median of all
possible values of the sum of the boards by rotating the
angle by 1°.
All aspects that are able to influence the results were tried
to keep constant. For example, cutting pattern, skewness,
and displacement remained the same for the analysis.
Only the rotation angle of the log was varied in 1°-steps.
In order to have a realistic simulation, we did not assume
to be able to realize an ideal rotation and therefore took
into account a rotational error of 5° [18]. Similar to [19]
we chose a rotational error with a distribution
Ζ ∈ N(0°, 5°).
Furthermore, the accuracy in knot measurements –
computed in the validation part – was considered. The
accuracy in knot measurement was assumed to be normal
distributed with a mean of zero; the standard deviation
was defined as the root mean squared error (RMSE). In
total, 1000 runs were carried out forming the Monte-Carlo
simulation.
The standard DIN 4074 is a widespread visual grading
standard in Central and Eastern Europe and the DAB is
probably the most important grading criterion for the
mechanical properties of boards. For the optimization
part, only the knot cluster value DAB was applied
although the national standard DIN 4074 provides 11
grading criterions (knots, fissures, wane, rate of growth,
slope of grain, pith, warp, discoloration etc.). By means of
the DAB-value each board was assigned to a grade. We
defined three different price scenarios to cover different
future trends (Table 2).
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Table 2: Relative prices for sawn timber depending on the
grades S13, S10, S7 and reject. The grades are defined in the
standard DIN 4074

S13
S10
S7
reject

scenario 1
“low”
1
0.95
0.9
0.7

scenario 2
“medium”
1
0.9
0.8
0.5

scenario 3
“high”
1
0.8
0.6
0.2

3 RESULTS
3.1 VALIDATION
Figure 6 shows the correspondence between the manual
DAB and the DAB generated by the CT. For one board of
a log the DAB profile is illustrated over the board length.
The three circles represent the three largest virtual
DAB values which were analysed on all boards.

Figure 6: Comparison o the

Figure 7 compares the three largest DABs of each board
detected by the CT with the three largest DABs of each
board measured manually.

an

3.2 ROTATION
We want to repeat the main steps of our evaluation
shortly. In a first step, we calculated the optimal angle
based on CT data. In a second step, for each run of the
Monte Carlo simulation it was added an error for the DAB
of each board of the log, updated the board and log
economic value depending on the chosen price scenario,
applied the rotational error to the optimal angle and
calculated the ratio between the log value at the corrupted
optimal angle and the median log value of all angles. The
increase of value is given as the previous ratio minus 1.

Figure 8: Relati e alue increase o a single log a ter
regar ing rotational an knot si e error

course o a oar

Figure 7: Relationship et een manual
etecte y the C -scanner

largest knots (root squared mean error RMSE = 0.09). The
RMSE of only the largest DAB-value is 0.09 as well.
Therefore, the error in knot measurement was taken from
a normal distribution with the mean of zero and a standard
deviation of 0.09.

irtual

Overall, 549 pairs of DAB-values were investigated, i.e.
three DAB pairs per board (nboard = 183). The dashed line
in Figure 7 represents the line through the origin. The
coefficient of determination (r²) is 70 % over all three

runs

Figure 8 shows the increase of value for 1000 simulations
of a single log. The average increase is 11 %, the median
is 13 %. Outliers of the represented boxplots of Figure 8
and Figure 9 are values that are much bigger or smaller
than the rest of the data and are represented with a black
dot. We defined an outlier as a value that is either larger
than third quartile by at least 1.5 times the interquartile
range or smaller than the first quartile by at least 1.5 times
the interquartile range.
Figure 9 illustrates the result of the entire log breakdown
simulation for all logs. The figure shows the relative
increase of value by rotating logs to their optimal position
prior to sawing. The increase of value is analysed
depending on different price scenarios. The average
increase (mean value) for all 38 logs and for all 1000 runs
was 5 %, 9 %, and 20 % for the scenario 1, scenario 2, and
scenario 3 (Figure 9). The medians that are displayed by
the boxplots are very similar: 4 %, 8 %, and 19 %,
respectively.
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Figure 9: Mean relative increase of value for all logs
depending on different price scenarios after 1000 runs
respecting rotational error and knot size error

4 DISCUSSION

A focus of this study was on sawn timber for construction
purpose. Strength grading rules are based on wood
characteristics like knots, dynamic modulus of elasticity
or wood density because they have a strong relationship
to the high relevant wood properties strength and stiffness
[20]. In visual strength grading, the (relative) knot size
plays the most important role, in machine strength grading
other important features are the wood density, the grain
deviation and the eigenfrequency. The condition of knots
(dead or sound) is not decisive. So it was not our intention
to investigate the border between dead and sound parts of
the knots. We did also not focus on whether the knot
detection algorithms find all knots or whether the number
of knots are given correctly. Instead, we looked mainly at
the knot characteristics that determine the grade. This
approach respects more the needs of a sawmill that wants
to predict strength and stiffness of the sawn product prior
to sawing using non-destructive methods. There are other
wood features like pith and fissures that determine the
grade and can be detected very accurately by the CT. To
simplify matters we did not take those features into
account albeit the realistic increase of value can be further
maximized.
ali ation section
One objective of this study was to validate the results of
virtual sawing against results of real sawing by means of
an industrial CT-scanner. Results of previous
investigations are based on medical scanners with low
scanning speed and high resolutions that lead to stronger
relationships between virtual and manual measurements
[21,4,22]. In order to try to overcome this lack, [23]
intentionally deteriorated the high quality of the data of a
medical CT-scanner and so simulated an industrial CTscanner. This analysis used an industrial scanner at
industrial speed.
A further important point is the choice of the real
reference with which the automatic data are compared.
Measurement accuracy was often accomplished by the
comparison of the automated measurements to (manual)

reference that was performed by CT images, not by real
boards [21,24,25].
Looking at those investigations that evaluate and compare
real and virtual knot data, the comparison took places at
different levels: Some studies compare the original knot
diameter of log slices instead of boards [23,26]. In this
way, [26] measured the primary knot size on the end face
of a slice and compared it with the virtual knot that was
generated on the according slice of the CT-scan. By
contrast, this work compares the automated
measurements with the manual grade of boards as it is
done in a sawmill.
The CT and manual knot detection is not based on same
principles and may lead to an increase of inaccuracy: Knot
detection of computed tomography is built up on wood
density differences between clear and knot wood. In
contrast, the method of knot detection in the ongoing
investigation was based on differences in colors and
appearances of knot surfaces on the sawn timber.
It is difficult to obtain exactly the same results from a
simulated sawing as from a real sawing at the single log
level [27]. One main error occurs in the insufficient
description of the real position during the sawing process.
For the current analysis, the real position was tried to
reproduce by a template consisting of lines and circles that
was sprayed on both end faces. In addition, a hole was
drilled in one end face of each log. Very helpful were also
fissures at the end faces and a plastic sticker mounted at
the end face (visible in Figure 3). In that way, we tried to
consider the three types of log positioning: parallel
displacement, rotation, and skew [7].
A further source for the variation is the manual
measurement per se. Although the visual grading was
done under laboratory condition and therefore is
characterised by a much higher accuracy than real visual
grading, the detection was done by different people. Knot
surfaces might be perceived differently from person to
person and it is not that easy to decide where the knots
ends and clear wood sections begin. Finally, [28]
underlined that the sizes of knots had relatively large
errors at positions close to the pith. All sampled boards
were center boards.
ptimi ation section reak o n simulation
There are different criterions or references that can be
chosen for measuring the benefit (relative increase in
value) in breakdown simulations. In literature you mainly
find as conventional log position the „horns-down“ or
“horns-up” position in particular in terms of optimal
volume recovery [10]. This kind of position describes the
positon where the plane of maximum log curvature is
vertical. In our investigation the maximum value of a log
was compared to the median value of all rotation angle of
this log.
The chosen price scenario also affects the result of the
breakdown simulation. Our results are in line with results
from previous investigations. If the relative prices
between different grades are high the improved quality of
the sawn timber will be more profitable [11,29].
The analysis of the increase in value is not based on the
ideal case, but a rotational error and an error in the knot
measurement were regarded. The theoretical impact of
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different types of systematic and random errors on value
recovery was analyzed by [29]. The reasons for rotational
errors are multiple [30]. In literature it can be found
different rotation precisions. According to an internal
report of the Technical Research Centre cited in [18] the
maximal rotational error (expressed as standard deviation)
is 2° in order to avoid losing value. A realistic assumption
for the standard deviation of current log rotators is 4° [18].
According to [19] the ideal increase of value is about
twice of the realistic increase assuming rotation precisions
of 6° (i.e. a rotational error from a normal distribution
with mean of 0° and standard deviation of 6°). The impact
of changing the rotational position on value recovery was
investigated by [19] for Norway spruce. Instead of the
DIN 4074 they applied the Nordic standard INSTA 142.
This standard is of similar relevance for the Scandinavian
countries as the DIN 4074 for Central and Eastern Europe.
As reference they chose the horns-down position. Their
relative price differences were low in between the two
highest grades and the two lowest grades, but between
those two groups there was assumed to be a steep drop of
over 30 %. For Norway spruce they found an average
value increase of 6 % respecting a rotational error and of
11 % without any error.
In addition to the rotational error, the ongoing analysis
included the accuracy of knot size measurement. In future,
however, the realistic increase of value can be even
maximized by a more accurate, more powerful and
precise mechanism of the log rotation systems.

CONCLUSION
By means of an industrial CT-scanner the study compares
real boards with boards which were cut out of the virtual
log. Using the knot evaluation according to DIN 4074 the
analysis showed that the accuracy of knot sizes that are
used in boards’ strength grading can be predicted well.
Industrial CT technology is therefore able to optimize
value recovery by rotating the log angle within a sawmill.
The observed increase of the boards’ value is large and
depends on the assumed price differences between grades.
The larger they are, the more sawmill owners will benefit
from the use of a CT-scanner. The impact of CT driven
optimization is expected to be even more significant if
other possibilities are considered, like the optimization of
the side boards or the selection of cutting boards with
different dimensions for purposes where different quality
rules are applied. The CT-scanner is also able to detect
other internal wood features (pith, fissure, resin and bark
pockets, compression wood) that could further increase
the value increment of each log.

(TU München) for their support in collecting the knot
data.
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USING THE RIGHT MODULUS OF ELASTICITY TO GET THE BEST
GRADES OUT OF SOFTWOOD TIMBER SPECIES IN GREAT BRITAIN
David Gil-Moreno1, Dan Ridley-Ellis2, Paul McLean3

ABSTRACT: The correct characterisation of modulus of elasticity in bending is fundamental for timber grading,
especially when that property limits the allocation to a strength class. The aim of this paper is to empirically determine
the relationship between EN 408 local and global modulus of elasticity using data from six British-grown conifer
species and to investigate the recent change in EN 384 for the calculation of pure bending stiffness from global modulus
of elasticity. For our data, the relationship between local and global modulus of elasticity was almost identical across
species and for practical purposes one linear relationship could be used for all species. However our empirical
relationship was considerably different to the default EN 384 calculation. Use of our empirical determined conversion
substantially improves grading yields on this dataset compared to the default EN 384 calculation. We additionally
investigated the effect of sample size on determining the conversion and found that using substantially less than 450
pieces required in EN 384 would be adequate in our case. A preliminary investigation of whether a special conversion
according to the standard is required could be performed with fewer test pieces, but further testing is required to ensure
safe grading.
KEY WORDS: Modulus of elasticity, Grading, Structural timber, Strength classes, Yields, European standards

1

INTRODUCTION 123

There are three properties that determine the strength
grading of a population of timber: bending stiffness (or
modulus of elasticity, E), bending strength (or modulus
of rupture, fm) and density (ρ). In order to attain a
strength class, such as those specified in EN 338 [1]
(Table 1), values of these three properties for a
population of timber, subject to some adjustments [2],
must at least meet the required values for that strength
class.
Table 1: Characteristic values for strength classes C14 to C24

EN 338 strength class

Property
C14 C16 C18 C20 C22 C24
fm,k
N/mm2
14
16
18
20
22
24
Emean kN/mm2
7
8
9
9.5
10
11
ρk
kg/mm3
290 310 320 330 340 350
Note: the characteristic value for E must equal or exceed 95%
of the value given for the strength class.
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EN 408 [3] defines two methods for measurement of E
via a four-point bending test. The global measurement of
E is determined by the mid-span deflection in relation to
the supports (Eglobal), while the local measurement of E is
determined on middle third of the beam (Elocal) by the
relative deflection of the middle of the beam (Figure 1).
Elocal and Eglobal are related but there are key differences
in what they are measuring.
For Elocal the deformation is measured at the neutral axis
as the average displacement of two transducers placed on
each side face. Within this region of the four-point
bending test, the bending moment is constant and so it is
regarded to be under “pure bending”, where,
theoretically, the shear effect does not exist. On the other
hand, the deformation for Eglobal is measured at the centre
of the span, typically from the centre of the tension edge.
In this measurement, part of the deformation is due to
shearing action between the support and load point.
Regardless of the presence or absence of shear effects,
the distribution and nature of defects, and experimental
errors, play a key role in test results and therefore the
comparison of Elocal to Eglobal. The smaller deflection and
method of mounting make the measurement of Elocal
more susceptible to errors and localised effects in the
wood (e.g. splitting). The sensitivity to the exact
positioning of the worst defect makes identification of it
important, but it is not always easy in practice and what
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is worst defect for strength (the priority) is not
necessarily worst defect for stiffness. This also means
results can be biased by the length of the specimens and
the flexibility of positioning.
The Eglobal measurement is an easier to implement test
procedure, less sensitive to experimental error and exact
positioning of the worst defect, but it does usually
include a component of compression deformation at the
supports and loading points which can be quite
influential on the results. Nonetheless, the benefits of
using Eglobal are considered to outweigh the
disadvantages.
Eglobal was added in the 2003 version of EN 408.
Previously Elocal had been the standard method. In
addition to the benefits outlined above, this also brought
some equivalence with other testing standards (e.g.
North America and Australia) [4]. However there remain
differences in the associated European standards for
timber grading: notably, EN 384 [5] requires that the
worst defect be placed centrally in the test. The 0.95
factor applied to the stiffness requirement for the
strength class is there to compensate for the difference
between testing at the critical section compared to
random positioning [2]. As Eglobal became the preferred
measurement, the option of using measured Elocal was
proposed to be removed from EN 384:2016, but it was
retained primarily to allow use of test data that predates
2003.
The move from Elocal to Eglobal measurement required an
adjustment to bring the measurements in line with
previous practice. This was incorporated in the form of
an equation that adjusts Eglobal to an equivalent “shear
free” stiffness (E0), representative of what had
previously been obtained with the local measurement.
This conversion is now provided as equation 7 in
EN 384:2016. It is identical to that added to the 2004
version (contemporary to the addition of Eglobal
measurement in EN 408:2003). The adjustment was
originally formulated on the mean stiffness, but in
practice was applied to individual results when
calculating machine grading settings. Consequentially
EN 384:2016 presents the equation as an adjustment for
each specimen, this is given here as equation (1).

E0 = Eglobal *1.3 − 2690 (N/mm2)

(1)

EN 408:2010, was amended in 2012 to prevent a double
adjustment where the results are to be later used for
EN 384 procedures.
The ratio of Elocal/Eglobal and the influencing factors have
been researched by a number of authors. Broadly
speaking it is thought that the ratio Elocal/Eglobal is mainly
affected by shear deformation for large dimensions
specimens, and by the variation of stiffness within the
specimen (especially the nature and exact position of the
critical defect) for smaller dimension timber[4, 6].
The intrinsic assumption on which equation (1) is based
is that the relationship between Elocal and Eglobal is
homoscedastic. This assumption breaks down for two
reasons. Firstly, as E decreases because stiffness cannot
be negative. Recently, a grading dataset for British
spruce (WPCS) [7] had to have two 22x47 specimens
removed from the analysis because EN 384 calculated
negative E0. Secondly, this equation is not mechanically
consistent because much of the deformation measured by
Eglobal is a consequence of the bending for Elocal. With
standard EN 408 spans, and assuming measurements are
not affected by experimental error, Elocal cannot be less
than 0.326 Eglobal. (the limiting situation of perfectly stiff
shear spans) [8]. This limit of plausibility is breached by
the EN 384 equation when Eglobal is less than
2.76 kN/mm2.
For these reasons, the 2016 version of EN 384 contains a
new provision in relation to the adjustment to shear free
stiffness: “If another relevant equation is available from
test data, it shall be used instead…This alternative
equation shall be established on at least 450 pieces,
covering the full range of sizes, sources and quality
corresponding to the intended use.” The provided
equation is also now limited to softwoods in recognition
that hardwoods may be substantially different.
A number of researchers have proposed conversion
equations over the years. Some are listed in Table 2.
Different studies investigated the nature of the
correlation between Eglobal and Elocal [9, 10], but since the
change in EN 408 (2003) researchers have also
considered the consequences for grading of using the
EN 384 adjustment to E0.
Table 2: Studies investigating the relationship Elocal:Eglobal.
Elocal and Elocal in kN/mm2

Study
[9]
[10]
[11]
[12]
[13]

*

Figure 1. EN408 test arrangement (for beam of depth h)

Equation (1) is empirical, based on data from previous
tests in Europe. It covers the various factors that govern
the difference between Elocal and Eglobal, including shear
deformation. This is why the shear adjustment, added to
the calculation of global modulus of elasticity in

Elocal
10.8
11.4
8.9
12.4
12.3 to
15.4

Not reported

Eglobal
9.8
10.8
8.1
11.4
11.5 to
14.0

Slope
1.18
1.13
1.1
1.21

Interc.
- 856
- 800
-225
-1421

R2
0.89
0.82
0.63
*

1.28

2300

0.88

A study conducted in Spain [11] with radiata pine (cross
section 200x150 mm; Eglobal = 8.11 and mean Elocal =
8.92 kN/mm2) questioned the applicability of equation
(1) but accepted that differences of timber allocation
would be small and in favour of safety compared to the
investigated regression ( E local = E global × 1.1 − 225 , R2 =
0.63).
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In [12] working with high stiffness German timber
(Eglobal = 11,4 and mean Elocal = 12,4 kN/mm2) from four
conifer species of different dimensions, the author
recommended not to change the equation in EN 384. It
was reported that an alternative equation would fit the
data better, but the differences were small so not
consequential in their case.
In south Italy [13] a study investigated a linear equation
for material from three softwoods and one hardwood.
The parameters found for the overall equation was very
close
to
the
given
in
EN 384
(
E local = E global × 1.28 − 2300 , R2 = 0.88) but again the
mean stiffness was high (ranged by species from 11.5
kN/mm2 to 15.4 kN/mm2). The same study warned that
“the conversion equation used (in EN 384) can have an
important effect mainly for stiffness limited material”
and so this reduces the yields.
This is a particular concern in the British Isles where
British spruce (a combination of about 90% Sitka spruce
Picea sitchensis and 10% Norway spruce Picea abies),
produces the vast majority of home-grown structural
timber, but is stiffness limited [14] to lower strength
class than the European grown timber previously used
for most of the research. The British forest industry had
previously studied the relationship for specimens of
Sitka spruce, and produced conversion equations [15]
that are very different to equation (1)
The consequences for grading yields are commercially
significant, and hard to appreciate from looking at
correlations alone. The characteristic values for E is the
mean while for strength and density it is the lower 5th
percentile. Increasing the mean of a population requires
the rejection of more specimens than increasing the 5th
percentile and so grading yields of stiffness limited
timber can be affected quite strongly by relatively small
changes in mean E. It is therefore necessary to
additionally investigate impacts on grading that are a
consequence of any conversion.
The first aim of this study is to investigate the
relationship between Eglobal and Eglobal on six conifer
species in the UK, exploring the new possibility offered
in EN 384 of establishing an empirical equation obtained
locally at the test facility to calculate modulus of
elasticity in pure bending (E0) from Eglobal. A simplified
grading analysis is then used to examine the effects on
yield, assuming a perfect grading machine. Secondly, the
study explores the reliability of using a smaller number
of specimens than the 450 specified by EN 384:2016.

2

MATERIAL AND METHODS

2.1 MATERIAL
To negate effects of varying dimensions of test pieces,
the data used here are only for nominally 50x100 mm
cross section specimens. The material investigated in this
paper comes from six species groups, named with
common name, botanical name and the standard four
letter code [7] respectively. The main commercial
species are larch (Larix decidua, kaempferi and x
eurolepis - WLAD) and Sitka spruce (Picea sitchensis PCST). For larch, the majority of the material was

obtained from normal sawmill production. For the Sitka
spruce the majority of the material was obtained during
scientific studies. In both cases the sampling covered the
mainland Great Britain. These data were used previously
as part of datasets for establishing grading machine
settings.
The other four species are: western red cedar (Thuja
plicata - THPL), noble fir (Abies procera - ABPR),
western hemlock (Tsuga heterophylla - THST) and
Norway spruce (Picea abies - PCAB). This material was
obtained from a scientific study investigating even-aged
single species plantations. This timber was obtained
from 109 trees (28 for western hemlock and 27 for the
rest of species) spread across three growing
environments, representative of the southern, middle and
northern latitudes in Great Britain. Specimens were
mostly produced following radial transects centred on
the pith (Figure 2). Additional specimens were also
produced from the remaining parts of some of the
Norway spruce logs.
The dataset used here consists of 252 pieces of larch,
194 of Sitka spruce, 138 of western red cedar, 127 of
noble fir, 150 of western hemlock and 233 of Norway
spruce. The total number of specimens is 1094. Hereafter
when referring to data: full population is used to describe
the 1094 pieces and species datasets are referred to by
their four letter prefix.

Figure 2. Processing of a western red cedar log with a
portable sawmill.

2.2 MECHANICAL TESTING
All timbers were kiln dried and conditioned in a
controlled environment prior testing in four point
bending according to EN 408:2012. Global modulus of
elasticity (Eglobal) and local modulus of elasticity (Elocal)
were measured simultaneously (Figure 3). Following
testing, a 50 mm length sample was cut near the failure
point of each specimen to determine moisture content
according to EN 13183-1 [16]. The measured global and
local modulus of elasticities were then adjusted to 12%
moisture content in accordance with EN 384 [5]. The
fixed equation (1) given in the current EN 384 was used
to convert the Eglobal to Elocal, hereafter referred to as
EEN384.
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samples being replaced between each draw. For each
subsample draw we:
i.
Calculated a conversion equation for EPBG by
linear regression for the draw, then used this to
calculate EPBG for each piece in the full
population of 1049 pieces.
ii.
Graded the full 1049 piece population by EPBG
to achieve the target Emean.
iii.
Used the measured Elocal for the pieces passing
grading to calculate a "true" pure bending Emean
iv.
Calculated the percentage of the “true” pure
bending E0,mean achieved by the process of
grading with the converted Eglobal.

Figure 3. Transducers for measurement of Eglobal (bottom face)
and Elocal (side faces).

2.3 ANALYSIS
The statistical analysis was made using R software
version 3.2.5 [17].
2.3.1 Relationship between Elocal and Eglobal
The means of Eglobal and Elocal where compared with a
paired t-test. EEN384 was compared to measured Elocal in
the same way. We then investigated whether the linear
relationship between Elocal and Eglobal changed according
to dataset (set) by conducting an analysis of variance
(ANOVA) on a General Linear Model which had the
form:
=

+

+

+

+ (2)

Additionally, a conversion equation based a dataset that
presented an obviously different relationship between
Elocal and Eglobal was applied to the full population. This
is referred to as ELOW and was derived using the THPL
dataset. We investigated the yields obtained and
compared those with results with EEN384 and EPBG. This
analysis assumes the measured Elocal is the true
measurement and so yields are relative to the yields
obtained when grading based on Elocal, referred to as
perfect grading.

3

RESULTS

3.1 RELATION BETWEEN ELOCAL AND EGLOBAL
The comparison of Eglobal and Elocal with a paired t-test
showed that they were significantly different (p
=<0.001). The same routine determined significant
differences between Elocal and EEN384 (p < 0.001).

Where α0 is the regression coefficient of intercept, α1 is
the regression coefficient of slope, α2 represents the
additive effect of the dataset studied and α3 is the
interaction term between Eglobal and dataset and ε is
residual error not explained by the model. Specifying the
model in this way allows us to investigate the effect of
the dataset on the regression parameters of slope and
intercept by examining the significance of α3 and α2
respectively.
2.3.2 Influence of models on grading yields
A linear regression was used to derive an empirical
conversion of Eglobal to a general modulus of elasticity in
pure bending (EPBG), with Elocal acting as the dependent
variable and Eglobal as the predictor.
The characteristics values by dataset and for the full
population were calculated using all of the measured and
derived values of E. The basic grade (i.e. the strength
class that was obtained with 100% grading yield) was
examined, as well as the yields obtained for strength
classes C16 to C24.
2.3.3 Subsample size for relationship determination
In order to investigate the minimum subsample size
required to establish an equation from which to predict
Elocal from Eglobal we used a Monte Carlo method. We
repeatedly drew random subsample sizes of 25, 50, 100,
200 and 450 pieces from the full population of 1049
pieces. Each subsample size was drawn 5000 times with

Figure 4. Relationship Eglobal – Elocal by dataset. The lines
indicate best fit linear regressions independently determined
for each dataset.

Figure 4 shows the relationship between the measured
Eglobal and Elocal for the full population of specimens
tested in the laboratory. The effect of each dataset on the
relationship between Eglobal and Elocal was investigated
using ANOVA of Equation (2). The rate of change
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between Eglobal and Elocal is the same for all the six
datasets (F5 1082 = 2.2, p = 0.057), but there is an additive
effect of dataset. In terms of the linear relationship this
means that the dataset affects the constant or intercept
term (F5 1087 =14.5, p < 0.001) but not the gradient or
slope. A multiple comparison of the parameter estimates,
using an α = 0.05 level of significance, show that THPL
has a slightly higher intercept term than all the other
datasets by about 0.5 kN/mm2. A small difference
existed between ABPR and PCST, where PCST had a
lower intercept by about 0.25 kN/mm2, but no other
differences were significant. Including dataset as an
additional explanatory variable in the linear regression
had a negligible effect on the overall fit of the regression
(R2 = 0.88, RSE = 0.80 vs R2 = 0.88, RSE = 0.77). The
results in Table 3 show the different regression
coefficients and which ones are considered different
from each other

E PBG = 1 .131 * E `global − 0 .873

(3)

Table 3: Regression coefficients for each dataset. SE =
Standard Error

Coefficients
Slope

Intercepts

Equation:

Dataset
Estimate
SE
Group
All
1.157
0.013
-ABPR
-1.024
0.123
A
WLAD
-1.169
0.086
AB
PCAB
-1.119
0.087
AB
THPL
-0.589
0.096
C
PCST
-1.290
0.088
B
THST
-1.185
0.094
AB
Elocal = Slope.Eglobal + Intercept

3.2 INFLUENCE OF MODELS ON GRADING
YIELDS

Figure 5. Relationship between local and global modulus of
elasticity.

A regression line for all the pieces across the full
population (i.e. ignoring dataset) was examined (Figure
5), the following relationship was obtained:

Figure 6. Relationship between Elocal and Eglobal as proposed by
EN384 and as derived locally in this study. The vertical dashed
line denotes the intersection point of the lines described by
these relationships. The directly proportional relationship is
also shown.

Proposed relationships between Elocal and Eglobal are
shown in Figure 6. Neither the relationship proposed by
Equation (3), proposed here, or Equation (1), proposed
by EN384, are directly proportional (i.e. one to one). The
relationship proposed here is closer to the one to one
relationship. In our data, the ratio of EPBG to Eglobal is less
than one for specimens with modulus of elasticity (Elocal
or Eglobal) below 6.7 kN/mm2 and greater than one above
this value. Comparing the investigated equation (3) and
that given in EN 384 (1) we observe in first place that
the two lines are substantially different, with the EN384
line having a steeper slope that is unsuitable the material
we tested. The straight lines defined by both equations
cross at a value of Eglobal equal to 10.7 kN/mm2. From
this value Elocal would start to be overestimated when
using (1) and below that value it will be underestimated.
In this study, 90% of the population is below the
crossing point, and so almost all of the specimens will
see their stiffness performance undervalued if the
equation in EN 384 is used. Similarly, Elocal is over
predicted if (1) is used compared to (3) for values of
Eglobal higher than 10.7 kN/mm2. In this study only 10%
of material was above 10.7 kN/mm2 and mostly not far
above it. In this range both lines are still close and so the
differences are not large.
Table 4 presents the mean (µ) and standard deviation
(Sd) values per dataset for the measured and derived
modulii of elasticity. The mean ratio of Elocal/Eglobal is
given. The relative performance of the species is not
comparable as material comes from trees of different
ages.
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Table 4: Characteristics values for each dataset. EPBG
empirical equation obtained in the study. Elocal (N/mm2); S.C.
(basic strength class). The datasets are not constructed so as to
be representative of differences between species.

Eloc

Eglo

Eloc/Eglo

E384

EPBG

9225
2220
C20

8980
1910
C18

1.03
0.09

8985
2480
C18

9280
2155
C20

7830
Sd
2285
C16
S.C.
PCAB
9155
Sd
1955
S.C.
C20
THPL
7455
Sd
1720
S.C.
C14
ABPR
7745
2425
C16
THST
8615
Sd
2365
S.C.
C18

7880
1810
C16

0.98
0.11

7555
2350
C141

8040
2045
C16

8875
1510
C18

1.03
0.09

8850
1960
C18

9165
1705
C20

6950
1370
C14

1.07
0.08

6350
1780
N/A2

7000
1545
C14

7580
1965
C141

1.01
0.1

7160
2555
C14

7695
2220
C16

8465
1860
C16

1.01
0.1

8315
2415
C16

8700
2100
C18

LADC
Sd
S.C.
PCST

1

99% of the population would achieve C16.
The required for the strength class C14 is 6.65 kN/mm2.
3
99.6% of the population would achieve C20.
2

When comparing the coefficients of variation (Sd/ )
obtained from Table 4, we observe that variation in Elocal
is larger than for Eglobal which is in line with the higher
sensitivity of Elocal to the nature and exact position of the
critical defect and the risks of measurement errors. With
the exception of PCST, the values of Elocal are generally
higher than Eglobal between 1% and 7%, likely due to the
presence of shear effect.
The given characteristic values in Table 4 define the
basic strength class achieved for each dataset assuming
that stiffness is the limiting property. Table 5 shows the
optimum yields (ideal grading machine) obtained when
the worst material is sequentially removed from the
population so that higher strength classes can be
achieved. As a result, the population attained to higher
strength classes is progressively reduced. Results from
both equations (1) and (3) are reported for comparison.
Table 5: Yields5 obtained for the full population tested for C16
to C24 strength classes by using pure bending modulus of
elasticity as derived from (1) compared to using the empirical
equation obtained in our tests (3)

Equation
EN384 (1)
Alternative (3)

5 Assuming

C16
100%
100%

C18
89%
99%

C20
76%
85%

stiffness is the limiting property.

C22
63%
70%

C24
40%
43%

Equation (1) and (3) intersect at a value of Eglobal of 10.7
kN/mm2. As seen from Figure 6 and Table 5, the largest
difference of yields occurs at the range of low values for

the pieces studied. The yield of C16 would not be
affected as all pieces passed, but C18 would be
underestimated when using equation (1). As the stiffness
requirements increase, the differences between yields
gets smaller. If the results are split by datasets, those
datasets with relatively high stiffness are not affected as
much as those datasets with lower stiffness. Table 6
compares the optimum yields obtained by using
equations (1) and (3).
Table 6: Yields obtained for a C18 strength class by using
EEN384 as derived from the standard (1) compared to using the
empirical equation EPBG (3). The datasets are not constructed
so as to be representative of differences between species.

Species
THPL
APCB
PCAB
THST
WLAD
PCST

EN384 (1)
26%
65%
100%
95%
100%
74%

Alternative (3)
37%
76%
100%
100%
100%
86%

Assuming stiffness is the limiting property.

The THPL dataset has the lowest modulus of elasticity
(Table 4). Consequently this timber is particularly
penalised in grading. The ABPR timber would suffer
similar problems although it has a higher mean stiffness
and so the differences would be smaller. Figure 7 shows
the impact in the grading yields of using different
equations for THPL and ABPR.

Figure 7: Graph based on modulus of elasticity for THPL and
ABPR samples showing the difference in yields by using
equation (1) or (3). E0,mean is the mean of the population
achieving the correspondent value.

If the aim were to grade timber to C16 (minimum
characteristic value of 7.55 kN/mm2), the THPL sample
would only achieve 57% yield using the fixed equation
in EN 384. However, 78% would be roughly attained
with the investigated equation. The pattern is repeated
for ABPR, but due to the higher stiffness it can be
observed that from just below 12 kN/mm2 the
investigated equation underestimate the performance in
bending stiffness which would only involve six
specimens.
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Figure 8: Graph based on modulus of elasticity for THST and
PCAB samples showing the difference in yields by using
equation (1) or (3). E0,mean is the mean of the population
achieving the correspondent value.

For stiffer material like the THST and PCAB samples
(Figure 8), differences are comparatively smaller but
yields can still change by more than 10% for the strength
class C22 (95% of 9.5 kN/mm2).

Figure 9: Graph based on modulus of elasticity for PCST and
WLAD sample showing the difference in yields by using
equation (1) or (3). E0,mean is the mean of the population
achieving the correspondent value.

Figure 9 shows the evolution for WLAD and PCST. As
for the other datasets, the graph shows that the use of the
equation (1) initially underestimates the yields compared
to (3) obtained on these dataset.
3.3 SAMPLE SIZE FOR RELATIONSHIP
DETERMINATION
We used a Monte Carlo method to determine if it was
possible to establish a conversion from Eglobal to EPGB
using less than 450 pieces. This relationship must be
reliable in terms of safety. Figure 10 shows how far the
mean EPGB of a sample size is from the “true” mean
MOE (that calculated using the Elocal measurements) for
99% of the trials. In other words, only 1% of the time,
the calculated mean shear free MOE was further from
the “true” shear free mean MOE targeted.

Figure 10: Simulation of the uncertainty for the mean MOE of
different sample size.

For the C22 strength class an Emean of 9.5 kN/mm2 is
required. If the sample size is 450 pieces, the Emean
would be expected to be within 1% of the defined “true”
mean Elocal value measured in the laboratory 99% of the
time. If the sample size is 25 pieces, the E0,mean would be
expected to be more than 5% less than the true value 1%
of the time. The implications of these equations in terms
of yields are also investigated and reported in Table 7.
The yields for subsamples of size 450 and 100 are those
that can be expected to be not exceeded 5% and 95% of
the time.
Table 7: Yield relative to the yield obtained from perfect
grading with measured Elocal. Here EPBGxxx is derived from
random subsamples of 100 (EPBG100) and 450 (EPBG450) pieces
drawn 5000 times. ELOW is derived from the coefficients in
Table 3 for THPL. For a full description see the text.

Predictor
C14 C16 C18 C20 C22 C24
variable
%
%
%
%
%
%
Elocal
100 100 100 100 100 100
Eglobal
100 100 94
88
82
70
EEN384
100 100 90
88
88
88
100 100 100 99
98
93
EPBG
100 100 98
96
94
88
EPBG450,5%
EPBG450,95%
100 100 101 101 101 98
EPBG100,5%
100 100 97
93
90
82
100 100 101 104 104 104
EPBG100,95%
ELOW
100 100 101 117 124 131
EPBG450,5% = yield exceeded 95% of the time, n = 450
EPBG100,95% = yield exceeded 5% of the time, n = 450
EPBG100,5% = yield exceeded 95% of the time, n = 100
EPBG100,95% = yield exceeded 5% of the time, n = 100
Assuming that measured Elocal is correct and that
consequentially the correct yield is 100%, the effects of
different E values can be investigated accordingly. In
Table 7 any value less than 100 is proportionally and
unnecessarily over penalising a timber sample. Any
value over 100 is proportionally under penalising a
timber sample. Values over 100 are unsafe grading,
values under 100 are uneconomical (and unjust) grading.
Using Eglobal directly, i.e. without any correction for
shear effect/conversion to Elocal, results in more reliable
yields than the EEN384 for lower grades. EEN384 is more
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reliable in terms of yield when the material gets stiffer
within the investigated strength classes. EPBG, derived by
equation (3), performs much more satisfactorily
throughout the range of strength classes investigated.
When equations are established on smaller samples size,
some effectiveness is lost compared to EPBG but results
are still better than predictions from EEN384. Even when
using an equation based on few specimens (100 pieces,
EPBG100,5%), grading presents for this study a more
realistic yield, although there can be concerns with
safety (see above). Finally, if an equation based on the
dataset in this study with lowest mean stiffness (ELOW) is
applied to a population where the mean stiffness is
higher, serious concerns regarding safety will be present.
Table 7 shows how ELOW would grade timber too high.

4

DISCUSSION

The properties of British grown timber, mean that it is
generally limited to a strength class by its stiffness. In
most of Europe timber tends to be limited by density or
strength, but there are some species and growth areas
where stiffness governs. In such places it is particularly
important for primary processors to pay particular
attention to any changes to standards for measuring or
grading timber stiffness. One such change is the practice
of converting the measured global modulus of elasticity
to an estimated pure bending, or shear free, modulus of
elasticity. The procedure and a default conversion for
this is given in EN 384, with the 2016 version including
also the possibility to use an own derived empirical
conversion using at least 450 pieces. We set out to
question the applicability of the default conversion to our
material with respect to grading yields and to examine
the potential variability of this conversion within our
own timber resource. As a secondary aim, we looked at
whether the requirement for 450 pieces to derive a
custom equation is sufficient, we investigated the effect
of sample size on the determination of this relationship.
We began with the investigation of the empirical straight
line relationship between measured local (Elocal) and
global (Eglobal) modulii of elasticity and how this might
vary for each dataset. The datasets are not intended to be
representative of species, or even the species as grown in
the UK. Rather these datasets are indicative of different
timber samples from Great Britain. The empirical
relationship Eglobal and Elocal was not determined to be
significantly different for five datasets, but one dataset
(THPL) has a slightly higher intercept term than all the
other datasets, though the slope term, which denotes the
rate of change of Elocal per unit value of Eglobal is the
same. This means that in that dataset Elocal in this dataset
was systematically higher than Eglobal. There are a
number of reasons for why which we may speculate
upon but previous researchers have shown that the
differences in shear stiffness and bending stiffness
within pieces and between the different datasets is a
likely factor. Species may or may not also be a factor in
this case. It is outside the scope of this study to fully
follow these lines of enquiry as further testing and
analysis would be required. For us the important thing to
consider is that even within one region (Great Britain),

just because one relationship can be derived between
Elocal and Eglobal it does not mean that it is constant for all
material
The relative differences in this empirical relationship
between the datasets here were very small compared to
the differences between the default conversion provided
in EN 384, further they were different to those provided
previously in the literature ([7], [10], [11] and [13]).
Both the default and the literature relationships have all
been derived on higher stiffness material. Extrapolating
these down to the range of stiffness of our material has
the effect of underestimating the true pure bending
modulus, which has a large economic penalty in
incorrectly classifying our timber according to strength
classes. Within the range of stiffness produced by the
combined datasets in this study, that would apply to 90%
of the timber in this study. Conversely the pure bending
modulus of the other 10% is overestimated, which is
potentially unsafe. We further investigated the effect of
using different sample size and demonstrated that
establishing a relationship on smaller samples size is
possible using the right conversion. However, grading
could become unsafe if the wrong conversion is applied
using our own data, where we deliberately applied a
conversion derived from one dataset to a sample
population that it did not fit. The consequences were that
around 30% of timber incorrectly passed the C24 grade.
So long as the relationship is investigated appropriately
on a subsample representative of the timber being tested
this will not happen.

5

CONCLUSION

Using a locally derived empirical conversion from
measured global to pure bending modulus elasticity
significantly improved the estimation of the true pure
bending modulus and grading yields for our material.
This satisfies the criteria of being both economically
viable and more critically safe. We strongly recommend
that it is in the interests of anyone in any region grading
timber to investigate this relationship, particularly where
their grading yield depends upon it, but also where it
may affect design safety. Given our results, it seems
possible to reliably investigate this relationship with only
100 pieces, though more pieces will always be safer. We
propose that for reasons of safety and economics, the
relationship between global and local (pure bending)
modulus of elasticity should be empirically investigated
and documented for timber populations on a regional
basis.
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THINKING BEYOND THE USUAL STRENGTH GRADES –
WITH EXAMPLES OF BRITISH SPRUCE AND LARCH
Dan Ridley-Ellis1, Steven Adams2 and Stefan Lehneke3

ABSTRACT: This paper summarises the processes and normative requirements involved in grading of structural
timber, and outlines a number of areas in which matters may be improved, so as to make better use of the true properties
of the timber resource used. The activities of resource segregation and timber grading are well researched, but what is
not commonly realised is that there are opportunities to do things more efficiently. This is especially true when the
structural timber is produced with a specific customer, project, or end use in mind. The paper uses data from research
projects, and development of machine grading settings, to illustrate how assignment of timber to a limited set of
strength grades can, in exchange for convenience in trade, involve considerable compromise in design properties. In
some cases, this trade convenience is not necessary or can still be obtained while also permitting less of a compromise
in design properties. The paper also explains why, in research, knowledge of the timber grade is not all that useful and
why it is necessary to take other steps to characterise the material. The focus of the paper is strength grading in Europe,
but many of the aspects are also applicable elsewhere.
KEYWORDS: Strength grading, Strength classes, Sawn timber, Characterisation, Prediction

1 INTRODUCTION 123
The physical and mechanical properties of wood vary
considerably, even within a single tree. This variation is
influenced by both environmental factors and by
silviculture. This means that when structural timber is
produced, the key properties need to be assessed in order
to ensure structural safety, while also maintaining
economic use of the material. This is achieved by a
process in which the timber is graded (by various means,
visually and by machine) into categories, according to
quality. For convenience and easy trade the categories
are commonly assigned to a limited set of strength
grades with defined design properties (also known as
strength classes) that are published in standards such as
EN 338 [1].
These general strength classes are defined in such a way
that the commonly used ones fit reasonably well to the
property profiles of the species (and growth areas) in
long standing usage, but they do not fit any species
exactly. When timber is assigned to a strength class it
takes the design properties of that strength class, some
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(or even all) of which may be significantly lower than
the true properties of that timber.
The convenience of easy specification and trade,
afforded by the use of general strength classes, therefore
comes at the expense of a compromise in timber
properties. In some cases the compromise can be very
large – resulting in design that is less material efficient
or in unnecessary grading reject for the application. It
therefore makes sense, in a given situation, to consider
whether this compromise is really needed.

2 AN OUTLINE OF STRENGTH
GRADING IN EUROPE
2.1 GRADE DETERMINING PROPERTIES
Timber strength grading in Europe (to EN 14081 [2]) is
based on three key grade determining properties:
strength, stiffness and density. Specifically, there are
two sets of grade determining properties permitted by
EN 384 [3]:
 “Bending grades”
o Bending strength, bending stiffness, density
 “Tension grades”
o Tension strength, tension stiffness, density
Bending grades (established based on bending tests) are
most commonly in use for general construction timber,
while the tension grades (established based on tension
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tests) are more useful for grading of lamellas for the
manufacture of glued laminated products.
The three key properties are normally specified at a
reference moisture content consistent with 65% relative
humidity and 20°C (12% moisture content for most
species). They are expressed as characteristic values:
 Strength as the lower 5th percentile
 Stiffness as the mean
 Density as the lower 5th percentile
Here density is for use as predictor of strength (e.g. for
fasteners) and fire resistance (charring rate) which is
why it is the lower 5% percentile. This measure of
density is not good for situations where a higher value is
problematic (e.g. self-weight) because grading only
ensures that the timber does not have lower characteristic
density than the strength class – there is no upper limit.
2.2 SECONDARY PROPERTIES
The three grade determining properties are not sufficient
for design, so other properties must be conservatively
estimated from the three primary properties. The
secondary properties include: tension and compressive
strength perpendicular to grain, shear strength and shear
modulus.
It would be too expensive and impractical to undertake
the large number of tests necessary to routinely treat
secondary properties to the same level of confidence as
the three grade determining properties. Furthermore,
because these properties vary considerably between
species (particularly for hardwoods) the conservative
relationships are limited by the least good species in
common usage, and often do not fit well to the real
properties of timber graded to strength classes at the
lower and upper ends of the range.
In the case of the T classes the tension strength is the
primary property, established based on testing, and
bending strength is a secondary property that must be
conservatively estimated from it. For the C classes the
bending strength is the primary property and tension
strength is the secondary property that must be
conservatively estimated from it. This is the reason why
the softwood T classes (tension) in EN 338:2016 [1] are
different from the softwood C classes (bending).
The calculation basis, in EN 384:2016 [3], for the
secondary properties of softwood edgewise bending
grades is:
 Based on bending strength
o Tension strength parallel to grain
o Compression strength parallel to grain
o Shear strength (up to C24, thereafter fixed)
 Based on bending stiffness
o 5th percentile stiffness parallel to grain (*)
o Stiffness perpendicular to grain (*)
o Shear modulus (*)
 Based on density
o Compression strength perpendicular to grain
o Mean density (*)
 Fixed value (applies to all strength classes)
o Tension strength perpendicular to grain

In EN 384:2016 the calculation of secondary properties
marked (*) is directly proportional to the primary
property: a 10% increase in the primary property gives a
10% increase in the secondary property. Compression
strength parallel to grain would be increased by a little
under 5% by a 10% increase in bending strength. The
corresponding increase in tension strength parallel to
grain would be between about 11% and 14%, depending
on the level of the bending strength. Shear strength
would increase by between 0% and about 5%, also
depending on the level of the bending strength.
Note that, as more research data is collected, the
equations for secondary properties may be adjusted
accordingly and the grade definition updated. It is
important for designers to realise that the properties of
the standard strength classes are not permanently fixed.
2.3 ASSIGNMENT TO A STRENGTH CLASS
Graded timber can be assigned to a strength class if the
required characteristic values of the three grade
determining properties (some listed in Table 1) are met
(subject to some other adjustments [4]). When grading
to the general strength classes, it is typical that only one
of the three grade determining properties will be
limiting, and indeed it may be that none of the properties
are limiting.
This means that, if the grading is working correctly, the
timber passing grading will have characteristic properties
that exceed those stated for the strength class; especially
in the case of secondary properties which may be
considerably higher. It should also be understood that
the characteristic properties are descriptions of the
timber, collectively, in the grade and not of the
individual pieces of timber. This means that knowledge
of the strength class alone is not particularly useful for
characterising timber used in research (See 5).
Table 1: Some strength class requirements

Class

Bending
Bending
Density
strength
Stiffness
[1] unless
fm,k
Em,0,mean
k
other ref
N/mm2
kN/mm2
kg/m3
C14
14.0
7.0
290
C16
16.0
8.0
310
C18
18.0
9.0
320
C16+ [5]
18.5
8.0
330
C20
20.0
9.5
330
C22
22.0
10.0
340
C24
24.0
11.0
350
C27
27.0
11.5
360
TR26 [6]
28.3
11.0
370
C30
30.0
12.0
380
Note 1: fm,k and k are 5th percentiles, Em,0,mean is mean
Note 2: More common strength classes are shown bold
2.4 STRENGTH CLASSES CAN BE DEFINED
Within Europe, it is the Declaration of Performance
(DOP) for the structural timber, together with the CE
mark, that communicates the properties that are
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important for design. The common strength classes are a
convenient way of describing most of those properties.
They are, however, not the only way.
There is nothing to prevent new tailored strength classes
being created to suit a particular timber resource, or a
particular end use – although the work required to
establish machine control settings, or visual grading
assignments may be prohibitively expensive under the
current system. Several strength classes exist outside of
EN 338. One long standing example is TR26: a grade
commonly used in the UK for trussed rafters. The
origins of TR26 lie in industrial practice that predates the
European standards, but the grade is retained in use
because it is familiar to the industry, and is thought to
suit the application and the raw material. In terms of its
strength and density it sits between C27 and C30, but it
has the relatively lower stiffness requirement of C24
(Table 1).
The bending grades in EN 338 are specifically for
bending about the major axis (“edgewise”) as this is the
way the tests are carried out. It is presumed that these
properties will be conservative when applied to bending
about the minor axis due to the relative lesser impact of
strength reducing defects (e.g. [7]). Strength classes
could be created, based on bending about the minor axis,
that would better suit timber products intended to be
used that way in service, but in this case the
characteristic bending strength could not be safely used
to directly calculate resistance bending about the major
axis (i.e. major axis bending strength would need to be a
secondary property). For this reason, the timbers would
have to be marked to clearly show they are for minor
axis bending to ensure correct usage in practice.
2.5 DECLARING SECONDARY PROPERTIES
Rather than using the conservative equations for
secondary properties (see 2.2), it is also permitted to
create a strength class with values of those properties
established by testing. Since this does not change the
three primary properties, it does not change the
calculation of grading settings, and this can be done
retrospectively.
2.6 GRADING OF HARDWOODS TO
“SOFTWOOD” STRENGTH CLASSES
EN 338 lists a set of bending strength classes for
softwoods (the C grades) and a set for hardwoods (the D
grades). They have different relative values for strength
density and stiffness to fit reasonably well to the
property profiles of commonly used softwoods and
hardwoods. They also have different equations for
secondary properties to reflect the different mechanical
behaviour resulting from the differences in softwood and
hardwood microstructure and nature of strength reducing
defects.
However, as a wider range of hardwoods is being used in
construction the C grades have now been opened up to
species such as poplar and chestnut (EN 338:2016) that
may fit better to the softwood profiles due to relatively
low density (e.g. [8]).

The softwood equations for secondary properties in
EN 384:2016 are regarded as conservative when applied
to hardwoods, but the hardwood equations would not be
safe to apply to softwoods. However, the secondary
properties could be confirmed by testing (2.5).
2.7 DIRECT DECLARATION OF PROPERTIES
As previously mentioned, within Europe, it is the
Declaration of Performance (DOP) for the structural
timber, together with the CE mark, that communicates
the properties that are important for design. A strength
class is a convenient way of describing most of those
properties, but the properties could also be directly
declared, without any reference to a strength class. Here
it should be noted that the current system still requires
the pre-selection of the strength class’s primary property
values before the calculation of machine grading settings
and visual grading assignments, but the point is that it is
not strictly necessary to stick to the standard
combinations of formally defined strength classes: the
relative levels of strength, stiffness and density could be
more flexible to better suit the properties of the timber
resource being graded.
The DOP accompanies the graded timber to the end user
but, in normal practice, the building designer would have
designed the building before the timber was purchased,
using a common strength class that he or she knows can
be obtained on the market from a number of different
suppliers. Here, the benefit of using the strength class is
clear: standard, commonly understood and widely
available strength classes allow easy specification and
trade of structural timber.

3 WHEN CONVENIENCE OF TRADE IS
NOT REQUIRED
3.1 INTRODUCTION
The use of strength classes provides convenience of
trade when timber is placed on the general market.
However, there are some situations where the timber is
not placed on the general market, but general strength
classes are still commonly used.
3.2 GRADING OF IN-SITU TIMBER
When there is a need to evaluate the structural properties
of timber in-situ, during building assessment, renovation
or repair it is common practice to visually grade the
timber and apply an assignment to a strength class. This
is a reasonable approach to take when all the timber in a
structure needs to be assessed, but only some of it can be
visually graded, as this gives a measure of the general
quality of the timber used in the building.
However, where specific members need to be assessed it
would be better to think about estimating the properties
of those specific pieces of timber individually, rather
than apply a grading approach (which is concerned with
the properties of all the timber assigned to a strength
class – and not so much the properties of individual
timbers.)
For visual grading, estimation of individual members
would be complicated to achieve – requiring knowledge
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correlations of visual grading parameters to the structural
properties. It is also not likely to be much more useful
for accurate prediction since the correlations of the
visual parameters are not strong – but it would be
possible to consider the way the timbers are loaded and
to grade certain sections of a single piece of timber as
different grades. In this situation it is known how the
structural timber is used in the building, unlike in general
trade where it has to be assumed that the worst part of
any timber member may possibly be used in a way that
is critical to its performance.
It would also be legitimate to use any available
knowledge of the actual characteristic properties of this
species (and source) of timber when assigned to a visual
grade (as calculated when the grading assignment was
done) rather than apply the standard strength class value,
which is likely an undervaluation of some properties
(there is no benefit of using a standard strength class
when the timber is not being placed on the market).
With the use of non-destructive testing technology (e.g.
acoustic wave velocity) it becomes more practical to
apply predictions (See e.g. [9]). Here it makes little
sense to use the measurement to grade the timber as if in
the sawmill as grading is not about the properties of
individual pieces. Indeed, where there is a choice of
machines and grade combinations a single piece of
timber may legitimately be graded into one of several
different strength classes. Grading individual pieces
while picking the most favourable possible strength class
for each would certainly violate the assumptions on
which grading is based, but it is also likely that a process
estimating properties of individual pieces would make
better use of the true potential of the timber. This
requires an understanding of the difference between
grading, and predicting the properties of pieces (see 5.1).
3.3 GRADING OF TIMBER FOR A SPECIFIC
BUILDING
When timber is being graded for a specific building with
a one-off design it is never placed on the open market
and there is no associated benefit to using a commonly
used strength class. There is still some advantage to
using existing visual grading assignments and machine
settings, but they need not be so restricted. There is
more freedom to use tailored strength classes and
secondary properties as market familiarity is not
necessary. Settings for a tailored strength class could be
included, along with the standard ones, at the time the
settings are calculated with relatively little additional
work (see 4.1.3).
When visual grading (as in 3.2), it would also be
legitimate to use any available knowledge of the actual
characteristic properties of this species of timber when
assigned to a visual grade. The same does not apply for
machine grading as the current method of establishing
the settings [10] means those settings can depend on the
properties of the grade aimed for (primarily through the
cost matrix).
It is particularly relevant to think differently when the
building is making use of a predetermined timber
resource (e.g. already felled and sawn timber from a
local forest). In this case, it would be sensible to move

to estimating the primary properties of the individual
timbers and then calculating characteristic values of the
whole (those timbers used, not the population from
which they come as this is irrelevant to the building).
Secondary properties can then be estimated from these
calculated characteristic properties, and the building
design can be carried out with the actual properties of the
timber in mind. A sorting of the timbers into different
qualities could also be done so that certain pieces can be
selected for the most appropriate elements of the
building. There are some important considerations to
ensure safety (notably realising that correlations between
grading indicators and wood properties can vary with
species and growth area), but knowledge that was used
to determine machine grading settings can certainly be
reused to apply a more focussed approach on a particular
set of timbers.
3.3.1 GRADING AT AN OFFSITE
CONSTRUCTION FACILITY
Now that grading machines are getting smaller, more
affordable, and easier to use, it opens up the possibility
for the strength grading to be done by a pre-fabricator
themselves (rather than by the sawmills supplying the
raw materials). This is particularly true when the
sawmill and the prefabricator are part of the same
company. In this case the timber is never placed on the
market and the market convenience of standard strength
classes is irrelevant.
A prefabricator making many units of standard design
might make commercial savings that offset the cost of
the grading technology. Here, strength classes tailored
to the timber resource can make much better use of its
true properties. Strength classes could also be specified
to suit particular elements of the construction.
If the grading is integrated into a modern manufacturing
process the grading could also take account of the
specific use of the timbers in the building, with x-ray or
visual systems deciding the optimum place for cuts, and
the positioning of defects that effect the manufacturing
process (e.g. knots for nail fouling). In normal grading,
the strength class is determined by the worst part of the
piece, with no knowledge of whether that will be
positioned critically in the structure (the required
assumption) or removed when the timber is cut to length
for fabrication of an element. Grading within the
fabrication process also avoids the practical problems
that would arise from handling multiple grades and
lengths between the sawmill and the receiving yard of
the fabricator.
3.4 GRADING BY A SAWMILL FOR A CERTAIN
MARKET
When the end user, and general application of the
timber, is known in advance through an arranged
commercial relationship the general market familiarity of
the strength classes used is not so important. As long as
the end user is aware of the design properties, tailored
strength classes and enhanced secondary properties
could be used with no detriment to ease of trade.
When a specific type of end use is targeted (sale is to a
certain sector, such as glulam manufacturers, trussed
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rafters or structural decking) it makes sense to consider
whether the primary strength property of the strength
class is the best one.

Laplace formula. In the case of the MTG 920 and
mtgBATCH 922/926 machines the density is not
measured – taking instead a fixed value for the species.

3.5 GRADING FOR THE GENERAL MARKET

[dynamic MOE]=[density]×[speed of sound]2
where
[speed of sound]= 2×[length]×[1st frequency]

When grading structural timber for the general market,
where the end user and application of the timber is not
known, it makes sense to use the convenience of the
standard strength classes. It may not be necessary to
make a total compromise on the properties though, as
timber can be put on the market as a standard grade, but
have enhanced properties in the DOP for use by those in
the know (see, e.g. 4.1.3).

4 EXAMPLES
The following examples illustrate the range of strength,
stiffness and density values within the grading of two
species combinations grown in the British Isles: spruce
and larch. It is shown how some properties are
undervalued by grading to standard strength classes.
These datasets are also used later in the paper to
demonstrate how machine grading information can be
used to estimate properties of individual pieces (5.1).
In the following, four letter codes for the species
combinations are as per EN 14081-1 [2] and for species
as per EN 13556 [11].
4.1 BRITISH SPRUCE
4.1.1 Dataset
In the UK it is standard practice to grade timber to the
strength class C16 (as listed in EN338 [1]). This results
in a near 100% pass rate when machine grading British
spruce (WPCS) in a single grade/reject process.
British spruce is a mixture of Sitka spruce (Picea
sitchensis, PCST) and Norway spruce (Picea abies,
PCAB). The two species have very similar properties
but the mix is, anyway, mostly Sitka spruce (~90%).
This timber is commonly used in construction for
elements such as stud walls, and less commonly used for
beams, where engineered timber joists are preferred.
Machine grading settings have been developed for a
number of different grading machines and strength class
combinations. Among them is a group of settings for
grading dry timber with Brookhuis machines [12,13,14]:
 MTG 920
o Based on acoustic velocity
o Portable (EN 384 kv factor not applied)
 mtgBATCH 922/926
o Based on acoustic velocity
o Inline
 MTG 960
o Based on acoustic velocity and density
o Portable (EN 384 kv factor not applied)
 mtgBATCH 962/966
o Based on acoustic velocity and density
o Inline
All of these machines operate on the basis of a
measurement of longitudinal resonance. The dynamic
MOE calculation (Equation 1) is based on the Newton-

(1)

Timber was sampled from the United Kingdom and the
Republic of Ireland with the aim of representing the
properties of the spruce resource in this area. Crosssection sizes ranged from 22×47 mm up to 75×150 mm
(Table 2). The 22×47 mm section size is not at all
typical of production but was included as a worst case
example of 22 mm thickness timber. A total of 863
pieces were used in the analysis.
Table 2: Sizes in these samples of spruce and larch

Nominal
cross-section
(mm)
22×47
38×100
47×100
47×120
47×150
75×150
100×275
Total

Number of pieces
Spruce
Larch
WPCS
WLAD
138
57
70
343
418
79
75
17
158
160
54
863
706

4.1.2 The properties of the dataset
The grade limiting property for British spruce is usually
bending stiffness. However for this dataset strength is
also limiting for two reasons:
 The inclusion of the small dimension timber
 When grading with portable grading machines
This dataset contains a number of unusually small
dimension pieces which are, on average, less strong than
the larger dimension sizes (due to the relatively large
size of knots and other defects). The strength of these
pieces are further reduced by the kh factor of EN 384,
which adjusts the measurement to a 150 mm reference
depth (This has the effect of decreasing strength values,
for depth of 47 mm, by 20%. This factor is then applied
in reverse within EN 1995-1-1 [15] to increase the
design strength based on the (previously reduced)
characteristic strength. Whether there is a genuine size
effect for timber is an open question (e.g. [16,17]).
EN 384 includes a further adjustment factor on strength.
When grading bending strength classes (with
characteristic bending strength less than or equal 30
N/mm2) with an inline machine the target characteristic
bending strength is reduced by a “kv” factor of 1.12.
This kv factor is there to account for lesser human
involvement in machine grading in comparison to visual
grading and the additional confidence that this is
supposed to afford. The kv factor is not applicable for
portable grading machines as they entail more human
involvement in setting up the equipment and undertaking
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the grading, and cannot be subject to the same level of
installation checking possible for in-line machines [4].
Without the 22×47 size included (725 pieces remain),
the characteristic properties of the timber in this dataset
exceed the requirements of C16 for grading with an
inline grading machine (Figure 1). Without kv, the
strength still meets the C16 target).

Figure 1: The characteristic properties of this ungraded
spruce dataset (without 22×47 dimension), and the strength
classes met for each primary property separately (with the
EN 384 kv factor on strength)

The number of different machines and grade
combinations results in several different distributions of
the primary properties when assigned to a strength class.
Figure 2, Figure 3 and Figure 4 show the distributions of
bending stiffness (E), bending strength (fm) and density
() for the timber assigned to C16 and C24 (the same
863 pieces graded by the machines under different
grading combinations –alone or with another grade).
The black circle denotes the characteristic value of the
timber assigned to that strength class (mean for E, 5th
percentile for fm and ).

Figure 2: Distributions of bending stiffness for timber assigned
to C16 and C24 by various machine grading combinations

Figure 3: Distributions of bending strength for timber assigned
to C16 and C24 by various machine grading combinations

Figure 4: Distributions of density for timber assigned to C16
and C24 by various machine grading combinations
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For inline machines, the kv factor reduces the strength
target by a factor of 1.12, which is why the achieved
characteristic appears less than the requirement for some
of the assignments.
These figures show the high degree of overlap between
C16 and C24 in terms of the range of properties of
pieces assigned to the strength classes, and how they can
vary between machine and grade combination (even for
machines operating on the same principle). This is quite
normal for grading as the strength class definitions are
actually quite close to each other and the machine
grading parameter is not a strong predictor of strength
(see 5.1).
The figures also show how, in this example, the
characteristic density is commonly much higher than the
strength class requirement (even for a species generally
considered to have low density).
The range of the percentage of the target characteristic
property achieved, for strength classes graded in various
combinations with the different machines, is summarised
in Table 3. For most cases, the assigned strength class
properties are not far away from the true properties, but
for C16, the usual grade produced in the UK, the
strength and density properties are undervalued.
Table 3: Summary of target characteristic values achieved

Class
[1]

% of target
% of target
bending
bending
strength
stiffness
C14
110 to 126
112 to 116
100 to 116
105 to 109
C16
C18
100 to 104
100 to 105
C20
101 to 106
100 to 108
C22
101 to 124
102 to 113
101 to 114
100 to 111
C24
Note: this includes kh and kv factors

% of target
Density
114 to 115
107 to 111
105 to 110
101 to 110
100 to 110
107 to 111

4.1.3 A way of using the properties better
When bending stiffness is not critical in the end usage, it
makes little sense to limit the design values according to
this property – with the associated unnecessary reduction
in more relevant properties such as those governing
compression and fastener capacity.
It is common in the UK to grade spruce to C16 and this
is a recognised and familiar strength class. The sawmills
are not really set up to handle grading in combination
with any other grade, so although a higher grade can
potentially be produced, it is desirable to focus on
grading that produces a single grade with minimal
rejects.
For this reason, a tailored strength class was created
called C16+ (Table 1), which is compatible with C16 for
the general market, but comes with potential for
enhanced design when sold to customers who are
familiar with the grade. The grading settings for C16+
can be identical to those of C16, meaning that this
enhanced grade comes at no cost of increased rejects.
The key secondary properties of C16+ could be further
enhanced by establishing the values by testing (see 2.5),
and specifying within the Declaration of Performance.

The strength class C16+ could also be sold and used as
C16 as the properties are at least as good, so the use of a
tailored strength class need not necessarily be
incompatible with ease of trade provided there is no
confusion.
4.2 UK-GROWN LARCH
4.2.1 Dataset
Structural timber has not been an important market for
UK-grown larch, with timber typically going into
fencing, packaging and cladding. However, sanitation
felling in response to an outbreak of Phytophthora
ramorum is resulting in larger volumes of larch timber
being brought to market.
UK larch (WLAD) is a mixture of three species with
similar properties: Hybrid larch (Larix x eurolepis,
LAER), Japanese larch (Larix kaempferi, LAKM) and
European larch (Larix decidua, LADC).
Until recently, UK-grown larch could only be graded
visually (to C16 and C24), but now machine grading
settings have been developed for a number of different
grading machines and strength class combinations.
Among them are settings for the same Brookhuis
machines as in the spruce example (4.1.1).
Timber was sampled from the United Kingdom with the
aim of representing the properties of the larch resource
in this area. Cross-section sizes ranged from 22×47 mm
up to 100×275 mm (Table 2). As with the spruce
example, the 22×47 mm section size is not at all typical
of production but was included as a worst case example
of 22 mm thickness timber. A total of 706 pieces were
used in the analysis.
4.2.2 The properties of the dataset
As with the spruce example, the presence of the small
dimension timber in this dataset, and the lack of the kv
factor for the portable grading machines, makes strength
more critical than it usually is for UK-grown larch.
Without the 22×47 size included (649 pieces remain),
the characteristic properties of the timber in this dataset
exceed the requirements of C22 for grading with an
inline grading machine (Figure 5). Without kv, the
strength meets the C20 target and therefore becomes
limiting).

Figure 5: The characteristic properties of this ungraded larch
dataset (without 22×47 dimension), and the strength classes
met for each primary property separately (with the EN 384 kv
factor on strength)
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Figure 2, Figure 3 and Figure 4 show the distributions of
bending stiffness (E), bending strength (fm) and density
() for the timber assigned to C16 and C24 (the same
706 pieces graded by the machines with different
grading combinations). As with the spruce, there is a
large overlap between C16 and C24 in terms of the range
of properties of pieces assigned to the strength classes,
which varies between machine and grade combination
(even for machines operating on the same principle).
Here density is much higher than the strength class
requirement.
The range of the percentage of the target characteristic
property achieved, for strength classes graded in various
combinations with the different machines, is summarised
in Table 4.
Table 4: Summary of target characteristic values achieved

Class
[1]

% of target
% of target
bending
bending
strength
stiffness
C14
127 to 164
107 to 124
128 to 144
105 to 119
C16
C18
C20
107 to 107
106 to 106
C22
100 to 109
101 to 104
100 to 111
100 to 103
C24
C27
100 to 110
102 to 110
C30
101 to 110
103 to 114
Note: this includes kh and kv factors

% of target
density
136 to 138
128 to 130
123 to 123
119 to 123
119 to 126
118 to 129
115 to 129

4.2.3 A way of using the properties better
For larch, tailored strength classes could be created
based on the most commonly traded, and familiar,
strength classes, C16 and C24.
A tailored strength class for use in strength class/reject
grading, with near 100% yield, could have the properties
of C22 for stiffness, C24 for strength and C35 for
density.
It should also be realised that sometimes there is an
advantage to downgrading the timber to a lower strength
class. For example, the settings table for the MTG 960
(hand-held grading machine with balance) includes C27
graded in combination with C16, but no settings for C24
in combination with C16. Those two strength classes,
most demanded in the UK, cannot be graded together
because the cost matrix in EN 14081-2 did not pass.
However, it would be acceptable (and likely most
commercially viable) to grade the combination of C27
with C16 and then mark down the C27 as C24. This
‘C24’ could still have enhanced properties on the DOP
for those that want to use them.

5 SOME OTHER IMPORTANT THINGS
FOR RESEARCHERS
Grading is aimed at construction – and its purpose is in
ensuring that the properties of any individual piece are
unlikely to be less than a certain value. The properties of
individual pieces may be considerably higher, since it is
likely only one property is limiting the timber to the

grade. It may also be the case that the grading threshold
has been purposefully lowered to improve yields – and
all properties are higher than the strength class implies.
Within timber graded to strength classes, there is also a
wide range within the primary properties – a randomly
selected piece of C16 may be stronger than a randomly
selected piece of C24. Knowledge of the grade of a
piece of timber per se is therefore not especially useful
for research testing work and it is necessary to take
additional steps to characterise the timber properties.
5.1 ESTIMATING PROPERTIES
In machine strength grading, one or more indicating
properties are measured, non-destructively, on every
piece of timber. These indicating properties allow
estimation of the grade determining properties, but
during grading they are estimating the characteristic
properties of the timber passing the grading threshold,
and not of the individual pieces of timber. Those
indicating properties, can, of course, also estimate
properties of individual pieces if used correctly.
The following is based on an ANOVA analysis of the
spruce and larch datasets presented in sections 4.1and
4.2, but with the 22×47 cross section size removed from
both datasets (since they are unusually small). Here
strength properties of pieces are directly estimated,
without application of the kh factor adjusting to 150 mm
nominal depth.
It was found that the dynamic modulus of elasticity from
longitudinal resonance (Edyn equation 1) was the best
estimator of both strength and stiffness. For both these
datasets, the density of the pieces (from weight of the
whole piece) and dimensions did not add any additional
predictive power. The equations for estimating strength
and stiffness for pieces in these spruce and larch datasets
are listed in Table 5, including 95% prediction interval
(either upper or lower). These are also shown in Figure
6 and Figure 7.
Table 5: Equations for predicting the properties of individual
pieces within these datasets of spruce and larch with a one
tailed 95% prediction interval

Property
PI
Bending strength (N/mm2)
The spruce
2.96
×Edyn
+5.1 ±15.7
The larch
3.31
×Edyn
+6.2 ±18.6
Bending stiffness (kN/mm2)
The spruce
0.905 ×Edyn
-0.28 ±2.85
The larch
0.805 ×Edyn +1.15 ±2.53
Density (kg/m3)
Both
0.999 ×piece
-22
±38
Note 1: Edyn is in units of kN/mm2, piece is in kg/m3
Note 2: this model is without the effects of kh (it is for
estimating directly the properties of individual pieces).
Note 3: Does not include the 22×47 mm cross section.
Note 4: Subtract PI for lower 95% prediction interval,
add for upper 95% prediction interval.
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individual pieces of wood (the density of a density
sample taken after testing is being predicted).

6 SUMMARY

Figure 6: Prediction models for bending stiffness of the larch
and spruce from measured dynamic stiffness (inner lines are
95% confidence interval, outer lines are 95% prediction limits)

Figure 7: Prediction models for bending strength of the larch
and spruce from measured dynamic stiffness (inner lines are
95% confidence interval, outer lines are 95% prediction limits)

There is an opportunity to use grading more intelligently:
taking advantage of the flexibility of strength classes to
make better use of the true properties of the timber used.
Tailored strength classes, and standard strength classes
with enhanced secondary properties can be used when
the graded timber is not placed on the open market,
because it is graded within the same company that uses
it, or is manufactured to order for a specific customer.
Furthermore, if a company is grading timber for its own
use manufacturing timber kits, or glued laminated
members, then it makes sense to consider whether the
general grades are the best option. With the availability
of relatively inexpensive and simple portable grading
machines, and the option of output control grading, it
may also make better business sense to grade to strength
classes tailored to the timber source, or the end use.
Density is a particular case in point as it can be measured
very well in the grading process.
Furthermore, it is necessary to realise that strength
classes are not good descriptions of wood properties for
research work and that the strength class of a single
piece of timber gives little information about the
properties of that particular piece, other than a
statistically defined lower bound.
Finally, the amount of destructive testing involved in
establishing machine grading settings and visual grading
assignments presents a barrier to greater use of local
timber, and diversification of commercial species, so it is
important that any researcher assessing the properties of
such species should consider, from the outset, doing the
research in a way that can contribute to a grading dataset
at a later date.
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OPTIMIZING CHARACTERISTIC PROPERTIES OF VISUALLY GRADED
SOFT- AND HARDWOODS LAMELLAS FOR THE GLULAM
PRODUCTION
Andriy Kovryga1, Peter Stapel2, Jan-Willem G van de Kuilen3
ABSTRACT: For the production of lamellas for GLT or CLT visually or machine strength graded timber is required.
Visual grading allows only for a limited number of classes while reject rates tend to be high. The present paper shows
the potential of an evolutionary algorithm NSGA-II optimizing the boundaries of multiple visual grading criteria in a
reliable way. The optimization routine is applied to optimize the boundaries of the visual grading criteria given in DIN
4074-1 and DIN 4074-5. Destructive and non-destructive test data of 1515 specimens of Norway spruce (Picea abies)
and 704 specimens of European beech (Fagus sylvatia) tested in tension were analysed. The optimization aims at: a) a
maximization of the yield; 2) grade timber to the desired strength classes. Using this optimization routine for both beech
and spruce higher yield figures compared to the grading according to DIN 4074 can be obtained while the desired
characteristic strength are being reached.
KEYWORDS: Visual strength grading, DIN 4074, Characteristic Strength, Yield, Evolutionary algorithm, NSGA-II

1 INTRODUCTION 123
The characteristic strength of lamellas is important for
GLT and CLT production and their mechanical
properties. The producer utilizes strength graded
lamellas specified for example in the European product
standard EN 14080 or the European tensile strength class
system EN 338.
For the production of lamellas strength graded timber is
required. Strength grading can be done visually or by
using a grading machine. In visual strength grading, only
visual observable parameters are used whereas in
machine strength grading invisible mechanical
parameters can be used additionally.
Machine grading allows for an efficient production of
lamellas as multiple strength classes and various strength
class combinations can be selected by the producer for
the specific grading machine used. Visual strength
grading observes several shortcomings, as only a limited
number of classes is available.
Another disadvantage is that the characteristic strength
of the visually graded timber, as revealed in several
studies [1,2,3], can differ significantly from the declared
value. In the study of Johansson [1] a notably higher
characteristic bending strength compared to the declared
value for the highest grade was found for different
national standards. Recently a number of grading rules
1
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2

from different countries were compared by Stapel and
Van de Kuilen [2]. The study revealed that the
allocations of the visual grades to the strength classes
listed in EN 338 were not correct in several cases and
precise declaration of the growth regions is required.
Furthermore, the study has shown that the boundary
parameters according to board grading rules given in
DIN 4074-1 and DIN 4074-5 are not the optimal ones.
Higher yields and easier grading can be achieved by
grading the boards using the optimized rules, e.g. the
adjusted joist grading rules for boards [3]. Beside the
grading rules, grading standard and the origin
performance of the visual grading depends on the cross –
section [2,3].
Grading in higher strength classes and/or optimizing the
grading boundaries for the yield improvement might
provide sufficient competition advances for a producer
by enhancing the raw material utilization. A method that
would allow optimizing boundaries of multiple visual
grading criteria in a reliable way was not studied yet.
In the present study the method using the multi-objective
optimization for the grading rules adjustment dependent
on the specific producer needs is presented. The
objectives within the optimization are: 1) maximize the
yield; 2) grade timber to the desired strength classes.

2 MATERIALS
For the current analysis Norway spruce (Picea abies)
and European beech (Fagus sylvatica) specimens tested
in tension are analysed. For the analysis 1515 spruce
lamellas with dimensions ranging from 30x100 to
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40x250 were selected. The beech sample accounted 704
specimens with cross sections between 25x100 and
40x170. The spruce specimens were tested in accordance
with EN 408:2010 with a testing span of 9 times the
height of the specimen, whereas for beech only 218 out
of 704 were tested over 9h. For the remaining part the
testing range was reduced to 200mm. For all the
specimens the grade determining properties density,
modulus of elasticity and tensile strength were measured.
Additionally, the visual grading parameters in
accordance with DIN 4074-1 have been recorded for
each piece and are introduced in section 3. Knots above
5mm were measured.
Table 1 gives an overview of the specimens taken for the
current analysis. The overall quality of spruce
corresponds to the average quality reported for Central
Europe. The low characteristic density of ungraded
spruce is noticeable.

where w is the width and ai is the spread of the knot over
the width of the board appearing over 150 mm. Both
grading criteria single knot and knot cluster are
considered for the grading of boards and lamellas.
Edge knot criterion (Schmalseitenast) – E needs to be
taken into account additionally. This criterion considers
the penetration depth of the Edge knot E. Figure 1 shows
how E is determined. However, for boards used for
glulam lamellas production the criterion is not required
as a grading criterion.
E is calculated using the following equation:
𝐸=

𝐸=

Visual strength grading is regulated in national grading
standards and uses visible criteria to assign specimens to
the visual grades. The optimization carried out in this
study was applied on the German visual grading rules
DIN 4074-1 [4]. Therefore, for the current specimens
with cross-sections relevant for the glued laminated
timber production the visual grading parameters required
in grading rules for boards (‘‘Brett/Bohle’’) according to
DIN 4074-1[4] were estimated. The visual grading
parameters are:
DIN single knot (SK) the size of the single knot related to
the width and calculated using equation:

(4)

𝑖

𝑤

SK

KC

(1)

2∙𝑤

where ai is the size of the knot area i measured parallel to
the edge of the board (Figure 1).
DIN knot cluster (KC) is considered for all knots
appearing over a length of 150 mm. The Knot cluster is
calculated as follows:
KC =

∑𝑛
𝑖=1 𝑒

The presence of the pith is considered for the analysis
and represented as present (1) and not present (0).
The low value of the visual grading criteria stands for
either rare occurrence or small size of the strength
reducing knots and therefore higher strength values.
Conversely, high values of the visual grading criteria
intend lower strength values.

3.1 VISUAL GRADING CRITERIA

∑ 𝑎𝑖

(3)

If more than one knot appears on the side, using the
equation 4:

3 VISUAL GRADING

SK =

𝑒
𝑤

∑ 𝑎𝑖

E
Figure 1: Measuring rules for knots according to grading
rules for boards according to DIN 4074 – 1. (Adapted from
[3,5])

(2)

2∙𝑤

Table 1: Descriptive statistics of the materials used in the current study

Species

Spruce

Beech

N

1515

704

Statistics

SK [-]

KC [-]

E [-]

ρ 12
[kg/m³]

E 0,12
[N/mm²]

f t,150
[N/mm²]

µ

0.183

0.362

0.424

445

11546

30.1

CV [%]

43.9

44.5

78.2

12.0

23.0

43.0

Q0.05

0.106

0.124

0.000

366

7576

13.6

µ

0.121

0.140

0.036

722

13413

64.9

CV [%]

102.7

100.9

323.5

5.7

22.8

50.2

Q0.05

0

0

0

658

7725.0

22.6
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3.2 GRADING PROCESS
During the visual grading the timber piece should match
the boundaries of the visual grades in order to be
assigned to a grade. The visual grades listed in DIN
4074-1 for softwoods are S13, S10 and S7. The grade
S13 shows the highest requirements on the mentioned
visible parameters, whereas S7 maintains the lowest
ones. For hardwoods the corresponding visual grades are
listed in DIN 4074-5 [6] and are: LS13, LS10 and LS7.
To optimize the visual grading performance, the entire
visual grading is considered as a function that assigns
boards based on certain boundary values of the grading
parameters to the corresponding visual grade.
Consider vb,m = (vb,1 … vb,m) as a vector of grading
parameters m of a board b. The board b is assigned to the
visual grade G if the following conditions are true:
1. Each value of the grading parameter in a vector vb,m
should not exceed the upper boundary of the class
(𝐺)
(𝑥𝑢𝑝,𝑚 )
𝐺
𝑣𝑏,𝑚 ≤ 𝑥𝑢𝑝,𝑚
, 𝑚 = (1 … 𝑚)

2.

(5)

At least one vb,m exceeds the upper boundary of the
next higher class G+1
𝐺+1
∃𝑣𝑏,𝑚 , 𝑚 = (1 … 𝑚): 𝑣𝑏,𝑚 > 𝑥𝑢𝑝,𝑚

(6)

(𝐺+1)

For the highest grade S13 the 𝑥𝑢𝑝,𝑚 = 0.
3.3 STRENGTH CLASSES
In Europe national grading standards should not assign
any characteristic property values to the visual grades.
EN 1912 lists for each combination of specimen, grading
standard, visual grade and origin the corresponding
strength grade.
The strength classes and their respective characteristic
properties are listed in EN 338. The major characteristic
properties are: 5th percentile of tensile/bending strength,
the mean static modulus of elasticity, and the 5th
percentile of the density. Depending on the product
application the bending or the tension properties are of
interest.

For glulam lamellas due to the increased demand on
glulam products the tension classes were recently
harmonized and introduced to FprEN 338:2015.
Currently, the tensile strength classes are limited to
softwoods only and called T classes. For hardwoods no
separate tensile strength classes are listed in FprEN
338:2015. However, visual grades for hardwoods can be
assigned to T classes as well, as it is done in the current
study. Table 2 gives an overview of the T classes and
corresponding major characteristic properties.

4 MULTI-OBJECTIVE OPTIMIZATION
4.1 General on multi-objective optimization
Real life decisions contain several, mostly conflicting,
objectives that prevent a simultaneous optimization. As a
result, not a single solution but rather a set of optimal
solutions, so called Pareto-optimal solutions, is a target
of multi-objective optimization. The Pareto-optimal
solution is not-dominated by any other solution in the
objective feature space, meaning that this solution is not
worse than other solutions in all objectives and is at least
better in one [9]. The principle of non-dominance is
illustrated in Figure 2. Whereas the solution B is a nondominant solution, the solution A is dominated by B.
Based on the obtained set of solutions, also called Pareto
front, a designer can make a trade-off on a limited
number of solutions, rather than considering the full
range of possible solutions. Such solutions would allow
for sawmillers to maximize yield in certain classes or
optimize the strength profile, or both in a multi-objective
space.

Table 2: Requirements on the characteristic properties for the
tensile strength classes [7]

Strength
class

ρk
[kg/m³]

Et,0,mean
[N/mm²]

ft,0,k
[N/mm²]

T14

350

11000

14

T14.5

350

11000

14.5

T15

360

11500

15

T16

370

11500

16

T18

380

12000

18

T21

390

13000

21

T22

390

13000

22

T24

400

13500

24

T26

410

14000

26

T28

420

15000

28

Figure 2:Non-dominance principle with A dominated by B

4.2 NSGA-II Algorithm
To find a set of potential solutions in the current study
the Fast Non-Dominated Sorting Genetic Algorithm,
called NSGA-II, introduced by Deb et al. [8] was used.
The NSGA-II is a widely used powerful optimization
algorithm [9]. For all genetic algorithms, the underlying
principle is similar - the extinction of weak and unfit
species by the natural selection [9]. Based on their
fitness, stronger individuals have a greater chance to
pass in the next generation. In our case an individual is a
solution - combination of yield and characteristic
strength/ and tensile strength class obtained by grading
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with a certain visual bounds. As the algorithm operates,
fitter solutions survive from generation to generation [9].
The NSGA-II has several key features such as elitism –
meaning that the best solutions are retained during the
life-time of the algorithm or fast non-dominant sorting
algorithm [8].
Basically, the algorithm runs through the followings
steps:
1. Initial population. The initial population is created
randomly out of the possible range for the decision
variable.
2. Non-dominant population sorting. The best
individuals are selected for the next generation based on
their fitness, whereas the lower valued are rejected and
new generated solutions take their place. Therefore, the
NSGA-II uses fast non – dominant sorting algorithm to
sort individuals in several non - dominant levels/fronts.
The individuals in the first front are non-dominant at all,
whereas the individual in the following front are
dominated by the solution in the first front.
3. Crowding distance is used to assure the uniform
spread of solutions (diversity) in the next population.
The individuals from the non-dominant front that pass in
the next generation are selected. The crowding distance
is the distance between two neighbour solutions
𝑧𝑘 (𝑥[𝑛+1,𝑘] ) of the same non-dominant front along each
objective [8]. It is calculated for each objective
separately using the equation [9]:
𝑐𝑑𝑘 (𝑥[𝑛,𝑘] ) =

𝑧𝑘 (𝑥[𝑛+1,𝑘] )−𝑧𝑘 (𝑥[𝑛−1,𝑘] )
𝑧𝑘𝑚𝑎𝑥 −𝑧𝑘𝑚𝑖𝑛

(7)

4. New population. Creating a new population is an
important step within the algorithm. New population Rt
in generation t is a combined population of the
population Pt as a part of the population Pt-1 selected for
the next generation based on non-dominance sorting
(step 2) and crowding distance (step 3) and an offspring
(children) population Qt produced using the procedures
selection, crossover and mutation. To create the
offspring population for a new generation at first some
individuals are selected using the crowding tournament
selection operator (non-dominant rank r and the local
crowding distance). Afterwards the crossover and
mutation are applied to produce the new generation.
During the crossover a new solution inherent to the
characteristics is produced, whereas a mutation provides
changes in the initial values of some genes by a chance
and produces gene values different than those of parents.
The NSGA-II is designed for the minimization problems.
To maximizes the objective functions using NSGA-II the
maximization problem was turned into the minimization
problem. Therefore, the objective function is multiplied
with -1 during the runtime of the algorithm.
4.3 OPTIMIZATION PROCEDURE
The aim of the current multi-objective optimization is to
find the combination of boundaries for the grading
criteria that maximizes the yield to the visual grades and
their characteristic properties. For this purpose, an

objective function used by the NSGA-II to find the
possible solutions is defined in following.
To find combinations of boundaries with desired yield to
S13 and S10 for softwoods and LS13 and LS10 for
hardwoods, as well as intended characteristic properties,
the visual grading (section 3) is expressed as a function
of the grading parameters (xup,m) and not of the
individual board specimens:
s13
s10
f yield  f ( xup
,m , xup,m )

(8)

s13
s10
f strength f ( xup
, m , xup, m )

(9)

For each inserted boundary combination (xup,z) the
specimens in a sample are assigned to the visual grades
and, thus, yield and the 5th percentile of characteristic
strength and the other characteristic properties are
calculated. By matching the characteristic values listed
in tensile strength class system (Table 2) the
corresponding strength class is returned.
The optimization was applied for the grading to S13-S10
and S10+. The combination S13-S10 was preferred to
S13-S10-S7, as in previous investigations S10 and S7
have shown similar characteristic values [3].
Furthermore, the current market share of S7 timber in
Central Europe is minor, compared to S10. For
optimizing the yield and characteristic properties the
desired objectives were optimized simultaneously in a
single simulation run. Particularly, for grading to S13
and S10 all possible combinations were built prior to the
grading and used as an input to the objective function.
To model the decision making process the results of the
visual strength grading in accordance to the DIN 4074
are considered as a reference. To compare the
optimization results with the reference, several
combinations leading to the same strength class out of
the entire set of optimal solutions are presented and
discussed in following. Additionally, to highlight the
various possible solutions some boundary combinations
leading to higher strength classes are included.

5 RESULTS
5.1 BI-DIMENSIONAL OPTIMIZATION
The genetic algorithm allows to find a set of Paretooptimal solutions. The most intuitive interpretation
delivers visualization in two dimensional space, where
the aim is to optimize only two objectives, like the yield
and the characteristic strength of one single class, like
S10+ or the highest grade S13 in visual grade
combination S13-S10. The optimization of characteristic
strength and yield to S13 using the NSGA-II for Norway
spruce is illustrated in Figure 3. Each point on the
highlighted Pareto-front represents a potential solution
ranging from the highest yield to the S13 to the left and
ending up with the highest characteristic strength to the
right. It should be noted that the algorithm searches for
the optimal solution in the objective space without
considering the decision variables.
For the assignment to the tensile strength class the grade
determining properties mean modulus of elasticity and
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5th percentile of density are considered in addition to the
5th percentile of tensile strength. In this case the
assignment to the strength class is optimized, resulting in
the discrete values for the strength classes. The
optimization of this assignment is visualized in Figure 4
with classes over the x axis.
If the optimization of the characteristic strength is
compared to the strength class optimization, clear
differences are observable. Whereas up to 15% of the
specimens show the tensile strength values that match
the requirements of T26 on the characteristic tensile
strength (26 N/mm²), no visual boundaries to assign the
species to this class could be found. This and the
maximum possible strength class T24 clearly suggests
that the other properties are grade limiting and obviously
no higher strength classes than T24 matching all
characteristic values can be achieved.

to both S13 and S10 separately. To visualize and analyse
the results both a tabular summary and a spider-web
chart (Figure 5) can be used. This chart shows five
polygons representing the optimization solution and each
apex of a polygon represents one criterion. The grading
after DIN 4074 standard is used as a reference. The
Figure 5a shows the yield to S13 and S10 for the
different boundary solutions, if the S13 is assigned to
T18 and S10 is assigned to T15. The yield to S13 and
S10 if graded in accordance with DIN 4074 is enclosed
by other optimal solutions. As can be seen for some
solutions the yield to S13, for other in S10 is higher. For
the solution “C” yields to both S13 and S10 are higher.
Using the algorithm different grade combinations can be
achieved. The Figure 5b shows different possibilities to
assign the S13 and S10 to the strength classes, if the
yield is retained on the level of the total yield to S13 and
S10 in accordance with DIN 4074. Whereas the total
yield remains almost on the same level the assignment of
S13 to T22 is possible (“E”). It is worse to note that the
presented selection is only a part of the solutions
returned by the algorithm. For some of the not presented
solutions higher yield and/or higher strength classes
compared to the reference could be achieved.

Figure 3: Solution space for objective functions yield and
characteristic strength with pareto-front highlighted, for
Norway spruce

(a)

Figure 4: Solution space for objective functions yield and
characteristic strength class with pareto-front highlighted, for
Norway spruce

5.2 MULTIDIMENSIONAL OBSERVATION
Usually, the multi-objective optimization comprises
objective space exceeding two or even three dimensions.
Whereas in our case the two dimensional observation
was used for grading to “S10+”, grading to S13-S10
included four dimensions – strength classes and the yield

(b)
Figure 5: Spider web plot with optimization solutions for
optimization of yield and strength to S13 and S10 for Norway
spruce selected by: (a) Grade combination T18-T15, (b) same
total yield to S13 and S10 compared to DIN 4074 (DIN)

WCTE 2016 e-book | 787

5.3 OPTIMIZING THE VISUAL GRADING
BOUNDARIES FOR NORWAY SPRUCE
5.3.1 Grading to S13-S10
Out of the entire pool of potential “optimal” solutions
only solutions with tensile strength grade comparable to
the reference – DIN 4074 - are presented in following.
The grading of the entire data set using the boundaries
given in DIN 4074 leads to the following assignment:
S13 – T18 and S10 assigned to T15.
The characteristic properties and the matched strength
classes according to prEN 338:2015 are presented in
Table 4. The solution “A” – “C” differ in yield to T18T15, whereas “D” shows the highest possible grade for
the same strength. Generally, for S13 assigned to T18
the characteristic density is the grade limiting property.
Whereas for the lamellas graded after DIN 4074 the
characteristic strength value (23.6 N/mm²) is above the
requirements on the T22, the density meets only the
requirements of T18 only (380 kg/m³). The selected
optimization results “A” to “C” show characteristic
strength value below the reference, even for the option
with the highest property values. This suggests that the
reference is not covered by the optimum and yields to
the visual grades are lower than the ones returned by the
algorithm.
Therefore, using the pareto-optimal solutions the highest
total yield to S13 and S10 compared to the reference
grading can be achieved. Option “D” shows for the same
yield as the reference (~64 %) the highest possible
assignment between visual grade and strength grade
(S13 – T22).
The yield to the strength classes is shown in Figure 6.
The solutions “A” and “B” show the highest total yield
to both S13 and S10, whereas the option “C” shows the
highest yield to S13 only if assigning S13 to T18.
In addition to the strength classes and the yields, the
observation of the grading parameters is essential and
shown in Table 3. For S13 the optimized alternatives
show that the pith, if grading to T18-T15, is not needed
as grading criterion. Whereas by simple adjustment of
the criteria KC and E – solution “D” the characteristic
values of T22 can be achieved.
Table 3: Boundary values of the grading criteria for Norway
spruce graded with selected boundary combinations

Grade

S13

Solution

SK

KC

E

Pith

DIN

0.2

0.333

0.333

0

A

0.2

0.4

0.2

1

B

0.4

0.4

0.2

1

C

0.2

0.3

0.6

1

D

0.2

0.3

0.4

0

0.333

0.5

0.666

1

A

1

0.5

1

1

B

1

0.5

1

1

C

0.3

0.4

1

1

D

1

0.4

1

1

DIN
S10

The assignment of S10 to T15 leads for each
combination except “C” to the simplified grading where
both criteria - edge knot or/and single knot - are
excluded from grading and the KC is considered as a
single, major criteria.
It should be noted that the boundaries were optimized for
the desired strength class combination – T18-T15. The
optimization to the other combinations T22-T14 or T24T14.5 are possible as well.
Table 4: Characteristic properties and Strength classes
obtained with different boundary combinations for Norway
spruce
Grade Solution

S13

S10

N

ρk
[kg/m³]

E0,mean
ft,k
T class
[N/mm²] [N/mm²]

DIN

330

380

13750

23.4

T18

A

295

380

13600

21.7

T18

B

378

380

13200

18.5

T18

C
D

450
324

380
390

13400
13900

20.6
23.6

T18
T22

DIN

646

370

11500

15.4

T15

A

941

370

11500

15.2

T15

B

858

360

11500

15.3

T15

C

470
621

370
360

11600
11700

15.0
15.5

T15
T15

D

Figure 6: Yield to the visual grades S13 and S10 for Norway
spruce graded using different boundary combinations

5.3.2 Grading to S10+
The grading in accordance with DIN 4074 to S10+
results in characteristic strength values of as high as T16
class. Using the optimized boundaries the yield can be
increased from 64.4 % to 78.2 % if the edge knot criteria
are not considered by the standard (Table 5). The
pareto-optimal solutions include the combinations of
grading boundaries that result in other, e.g. lower
strength classes, with obviously higher yields. For
assigning S10+ to T14.5 and/or T14 the knot cluster is
the major grading criteria and the single knot is not
needed to assign the species.

WCTE 2016 e-book | 788

Table 5: Optimization results for Norway spruce graded to
S10+ with different combinations

SK
DIN 0.333
A
1
B
0.3
C
0.3
D
1
E
1
5.4

KC

E

Pith

T class

Yield
[%]

0.5
0.4
0.5
0.6
0.6
0.7

0.666
0.5
1
1
1
1

1
1
1
1
1
1

T16
T18
T16
T15
T14.5
T14

64.4
45.1
78.2
87.3
92.8
97.4

OPTIMIZING THE VISUAL GRADING
BOUNDARIES FOR THE EUROPEAN
BEECH

Table 6: Boundary values of the grading criteria for European
beech graded with selected boundary combinations

Grade

LS13

LS10

Solution

SK

KC

E

Pith

DIN

0.2

0.333

0.333

0

A

0.2

0.5

0.3

0

B

0.1

0.2

0.2

1

C

0.4

0.3

0.1

1

D

0.5

0.1

0.1

1

DIN

0.333

0.5

0.666

0

A

1

0.9

1

1

B

1

0.9

1

1

C

0.5

0.6

0.8

1

D

1

0.9

1

1

5.4.1 Grading to L13-LS10
The visual grading in accordance with German visual
grading standard DIN 4074-5 is used as a reference for
the optimization of the grading boundaries for the
European beech. As no tensile strength classes for
hardwoods are evident in the FprEN 338:2015, for these
species the same tensile strength classes as for softwoods
are used. Using the boundaries given in DIN 4074-5 the
following assignment to the strength classes is possible:
LS13 assigned to T26 and LS10 to T16.
The characteristic properties for the optimized solutions
are presented in Table 7. For all solutions the MOE is the
grade limiting property, whereas the density, as
expected, exceeds the required values for softwoods.
Using the optimized solutions, the total yield to LS13
and LS10 can be increased. Figure 7 shows the yields to
S13 and S10 achieved using different combinations of
the grading boundaries. The combination “C” shows the
highest possible yield to T26 with yields to LS13 and
LS10 higher than the one achieved by visual grading
according to DIN 4074-5. “A” shows the case with the
same characteristic properties achieved for LS13 as in
visual grading in accordance to DIN 4074-5. In this case
the yield to LS13 is slightly higher. Combination “B”
represents the case with the highest possible yield to
LS10, if grading in combination with T26. It should be
noted that the combination “D” shows the case where the
higher strength class for LS13 is desired. The assignment
of LS13 to T28 leads also to the higher tensile strength
class – T18 – possible for LS10. The total yield to LS13
and to LS10 for the option “D” amounts 100%. Other
combinations, not presented here are possible as well.
The boundary values of the solutions are shown in Table
6. The Knot cluster remains a major criterion whereas
the presence of the pith can be excluded as grading
criteria, even for the class T28. However, in this case
(combination “D”) the boundaries for the edge knot and
knot cluster are stricter. For the assignment of LS10 to
T16 or T18 the presence of the pith, single knot and edge
knot can be excluded.

Table 7: Characteristic properties and Strength classes
obtained with different boundary combinations for European
beech

Grade Solution

LS13

LS10

N

ρk
E0,mean
[kg/m³] [N/mm²]

ft,k
[N/mm²]

T class

DIN

437

660

14500

35.6

T26

A

439
355

14500
14900

35.6
40.6

T26

B

660
660

C

539

660

14100

29.2

T26

D

327

660

15000

41.7

T28

DIN

106
265

660

11600

23.0

T16

A

349

11600
11900

16.8
17.9

T16

B

660
660

C

155

670

11600

16.3

T16

D

377

660

12100

18.4

T18

T26

T16

Figure 7: Yield to the visual grades LS13 and LS10 for
European beech graded using different boundary combinations
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5.4.2 Grading to LS10+
In general, grading of European beech to LS10+ leads to
yields of as high as 77.1 %. Even in this case, using
optimization a higher yield to LS10+ is possible. The
adjusted boundaries presented as a solution “A” in Table
8 result in by 8.4 % higher yield. Therefore, the value of
E should be adjusted and the single knot criteria can be
abandoned. Using the optimized boundaries assignment
to other classes (T24) with higher yields (98 %) is
possible (“B”).
Table 8: Optimization results for European beech graded to
LS10+ with different combinations

Solution

SK

KC

E

Pith

T class

Yield
[%]

DIN
A
B

0.333
1
1

0.5
0.3
0.5

0.666
1
0.8

0
1
1

T26
T26
T24

77.1
85.5
98.0

6 DISCUSSION AND CONCLUSIONS
In the current study the boundaries of the visual classes
were optimized using a NSGA-II algorithm for grading
of Norway spruce to S13-S10 and S10+ and of European
beech to LS13-LS10 and LS10+. The optimization
procedure returns a combination of boundaries that
satisfy the two optimization objectives: 1) maximize the
yield; 2) grade timber to the desired strength classes.
For both spruce (section 5.3) and beech (section 5.4) a
higher yield compared to the grading in accordance with
the German visual grading standard DIN 4074 could be
achieved. Furthermore, the timber can be graded to the
other strength. Exemplarily, for spruce boundaries to
assign S13 to T22 (section 5.3) or even to T24 (section
5.2) could be found. For spruce the grading in
accordance with DIN 4074-1 allows the assignment of
S13 to T18 only.
For beech boundaries to assign S13 to T28 and S10+ to
T26 could be found. This assignment to the strength
classes is higher than the one achieved by grading
according to DIN 4074-5 (S13 – T26, S10+ - T24).
Moreover, the assignments are above those reported by
Glos & Lederer [10] and Glos & Denzler [11].
The reason for the assignment of the visual grades to
higher strength classes for beech is attributed not only to
the optimized boundaries. 486 out of 704 beech
specimens were tested in tension over a length of
200 mm. Comparing these specimens to specimens
tested over 9 times the height, a higher correlation of the
defects to the strength can be found. If tested over a large
testing range, the specimens would probably break
frequently outside the selected 200 mm position. For this
reason the results for beech should be taken as indicative
only.
The optimized boundaries, returned by the algorithm,
could be applied by GLT producers to grade timber to
higher strength classes, or to optimize the yield of the
currently used classes. The algorithm returns a finite set
of pareto-optimal solutions. Hence, the producer has to

make a trade-off which specific solution out of the entire
set returned by the algorithm should be selected. The
decision making might incorporate additional aspects not
included into the algorithm, such as a demand for a
lamella of a certain class.
The use of optimized boundaries is easier to implement
if camera systems for grading timber are used. These
systems measure knots with a higher precision compared
to the human eye. Thus, the timber is assigned to the
visual grades using new, optimized boundaries in a
reliable manner. Moreover, for a human the visual
grading using adjusted boundaries requires some extra
time for accommodation. An increasing number of visual
grading parameters makes it even harder and more time
for the grading is needed. Therefore, for the visual
grader the aspect of simplicity is important.
In the present study some simplification of the grading
boundaries could be achieved. For Norway spruce
graded to S10 and S10+ the edge knot and the single
knot had no effect on the grading and only the threshold
value for the knot cluster was returned by the algorithm.
For S13, contrary, the threshold value is returned for all
the criteria, even for the edge knot that is hard to
measure. This finding differs from the one made by
Stapel & van de Kuilen [3], who suggested alternative
board rules without any threshold value on the edge knot
criteria but adjusted the knot cluster value instead.
The algorithm does not guarantee to make the grading
procedure easier. The evolutionary algorithm NSGA-II
searches for the optimal solution in the objective space
(yield, tensile strength class) and not in the decision
space (grading criteria). Thus, easy to handle grading
boundaries are not selected if the solution is not the
optimal one. If easy to grade boundaries are required,
some additional constrains on the decision variable,
grading boundaries in our case, should be taken as an
input to the algorithm. The possibility to eliminate
grading criteria that are difficult to measure exists.
If taking a simplified grading rule the elimination of
grading criteria should be examined carefully. For beech
the optimization results suggest that the pith criteria
could be eliminated. However, this is accompanied by
stricter rules for the other knot criteria, such as knot
cluster and edge knot in case of grading to T28. Glos &
Lederer [10] reported that for limited number of beech
specimens tested in tension the presence of the pith
results in lower characteristic values and cracks, while
no effect was found for the characteristic bending
strength.
For the use of the algorithm a representative sample,
covering several cross – sections, growth regions,
sawing pattern, etc. is an essential requirement. As the
algorithm adapts the boundaries of the visual grading
parameters to the data set used for the optimization, the
choice of the data is an important factor for valid results.
Therefore, some additional samples should be taken to
validate the optimized boundaries.
Finally, the potential of the algorithm to optimize the
production of hardwood lamellas should be highlighted.
In the current study the NSGA-II was used to find the
optimal threshold values for the visual grading
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parameters only. However, for glulam out of hardwoods,
regulated in Europe in national and European technical
approvals, some additional requirements on the visually
graded hardwood lamellas are frequently defined. For
instance, German technical approval for glulam out of
beech [12] requires some threshold values on the
dynamic modulus of elasticity to be fulfilled. Such
machine grading parameters can be incorporated into the
optimization algorithm to determine threshold values for
all parameters of interest (visual and machine grading
parameters).
Overall, the use of a genetic algorithm, such as NSGA-II
shows a large potential when optimizing visual grading
rules. The current visual grading rules can be optimized
for the needs of specific producers, both: with regard to
the yield and strength. Higher yields or higher
characteristic properties can be used by the developed
optimization routine.
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Influences of the growing area on the visual, physical and mechanical parameters based on
the example of wood from alpine regions
Roland Maderebner1, Michael Flach1, Alfred Teischinger2, Martin Bacher3
ABSTRACT It is often reported that the growing area of the tree has an influence on timber quality. However, this
traditional knowledge is not always confirmed by sawmill owners. The objective of the work presented here is to detect
the influence of the growing area on the visual, physical and mechanical properties of mountain spruce wood. Therefore
a total of 476 timber beams from two mountain valleys in North and South Tyrol (Austria and Italy) were sorted by
visual and machine strength-grading methods. Afterwards the physical and mechanical properties are determined by
bending tests according to ÖNORM EN 408. The obtained results are compared with results of other investigations of
spruce wood from deeper located growing areas. Furthermore, the influences of past cultivations in the growing area on
the wood properties are also taken into account.
KEYWORDS: Growing area, altitude level, knottiness, MOR, MOE, density, spruce wood, grading

1 INTRODUCTION

123

Due to its slow growth, special properties are often
assigned to wood from alpine regions. This popular
wisdom which exists in many alpine countries is,
however, not confirmed by some sawmills; to some
extent, they even report the opposite (Interreg IV
Documentation, 2011). In this context, the general
question is raised about the actual impact of the tree’s
location on wood properties (colloquially referred to as
“quality”), and whether, and via which parameters, these
can be measured accordingly. In the course of an
INTERREG IV project entitled “Gebirgsholz – Wald
ohne Grenzen (Mountain timber – Forest without
Borders)” (Maderebner, 2012), the possibilities to
improve the market value of mountain timber from
South, East and North Tyrol have been demonstrated.
Besides a host of questions posed in the course of this
project, also the general physical and mechanical
properties of spruce timber (Picea abies) from alpine
regions were examined. Moreover, also possible
influences of the growing area, slope orientation, altitude
and the different cultivation types on timber properties
were of interest. The question as to the qualitative
sortability of spruce timber from mountain valleys was
treated in cooperation with partners from industry. The
Timber Engineering Unit at the Faculty of Technical
Sciences of the University of Innsbruck and the Institute
of Wood Technology and Renewable Materials of the
Vienna University of Natural Resources and Life
Sciences (BOKU Wien) were commissioned with
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scientific project analysis. The results regarding the
physical and mechanical properties gained from bending
tests as well as selected visually perceptible properties
are presented in this article. This paper is based on
project reports (Maderebner, 2012 and 2015).
2

METHOD

2.1 Selection of locations and specimens
The test material comes from the mountain valleys of
Navistal in North Tyrol (Austria) and Pustertal in South
Tyrol (Italy). Both valleys feature a pronounced EastWest extension as well as roughly equal slope angles.
For further location descriptions, see Maderebner, 2015.
As displayed in Figure 1, the material was taken from
overall 22 altitude levels at the north and south slopes of
the mountain valleys mentioned above. When selecting
the trees, a comparable optical quality of the spruce trees
(comparable habit, age) was considered together with
forest industry experts. Here, characteristics such as
knottiness, taper, diameter at breast height as well as
damages, if any, and/or injuries were documented. To
avoid additional marginal influences, only trees from a
single stock were considered for the selection. After the
spruce trees had been felled and debranched, a tape
measure and a calliper were used to determine the total
length, the diameter and/or taper of the trees, and the
annual rings were counted to determine the trees’ age
(Table 1). To avoid red rot and reaction wood, in
particular in the trunk area, the specimens were used for
further tests at the selected trees only from the second
log (central log) after a length of appr. 4.5 m (Figure 2).
In order to perform an exact definition of the positions of
the specimens in the trunk and to make them traceable
down to the experimental tests, the trunks were marked
at the mountain sides before felling and/or the ripping of
the tree into individual logs. Based on all recordings for
each individual tree as well as on the trunk location and
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Figure 1: Location of the trees for the specimens

the respective location’s characteristics, consistent
documentation is guaranteed and it is possible to arrive
at a location-specific interpretation of results.
2.2 Round timber cutting
Figure 2: Cut out the specimens of the logs

Figure 3: Selection of the specimens of the joist

The specimens were cut four-post by way of a band saw
(Figure 2), followed by technical drying to a wood
moisture of appr. 12 %. For both sets, the mean value of
the diameter at breast height was appr. 460 mm, while
the diameter of the sample logs was, on average, appr.
350 mm. Due to the selection of this cutting, the share of
juvenile timber is to be considered. The “mountain-side
markings” of the individual logs were transferred to the
wood clippings and numbered accordingly. Overall, 476
specimens were thus cut from the round timbers of the
22 locations, featuring dimensions of 48 mm x 4050
mm. This way, the timber could be assigned to the joist
category (ÖNORM DIN 4074-1, 2012). Of these overall
476 specimens, appr. 56 % were from the North Tyrol
set (268 pieces), while 44 % were from the South Tyrol
set (208 pieces).
2.3 Mechanical and visual grading

Figure 4: Visual grades overall and depending on the
orientation of the slope

After the wood had been dried technically, the joists
were graded mechanically at the Theurl Holz company
in Thal (East Tyrol) together with the Microtec company
(grading machine: Goldeneye 706 combining vibration
measurement of Viscan and X-ray scanning to determine
dynamic modulus of elasticity, density and knots). In the
course of the grading process, the timbers were cut back
to a length of 4050 mm and planed from four sides to the
final dimensions of
48 mm x 138 mm.
The visual categorisation of the timber into grading
classes was carried out according to the provisions of
Austrian standard ÖNORM DIN 4074-1 (2012)
applicable for macroscopic structure characteristics at
the University of Innsbruck. The specimens were drygraded according to the grading criterias for joists and
assigned to the corresponding classes S7, S10 and S13.
By way of the grading classes determined visually, the
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specimens can be assigned, according to ÖNORM EN
1912 (2013), to a system of strength classes according to
ÖNORM EN 338 (2009). Based on this assignment, the
quality of visual grading can be evaluated, using the
results from the bending tests according to ÖNORM EN
408 (2012).
2.4 Cutting-to-size of specimens
After visual grading and the exact documentation of the
macroscopic timber properties, the specimens were cut
to size on the basis of knot data and density
measurements gained from mechanical and visual
grading for the purpose of further performance of the
bending tests according to ÖNORM EN 408.
In this process, the 2630 mm long specimen was cut out
of the 4050 mm long joist so that the “weakest crosssection” (= projected failure point) lies in the middle
third (Figure 3). Due to load introductions in the third
points of the specimens in the course of 4-point bending
tests, the “projected failure point” is positioned in the
area of constant bending moment load. After cutting-tosize, the markings for the mountain sides as well as for
specimen numbers were, again, transferred, and the
material was conditioned in standard reference
atmosphere at (20 ± 3) °C and (65 ± 5) % of relative air
humidity until constant mass was achieved according to
ÖNORM EN 408. The mean annual ring widths were
measured for each joist in compliance with ÖNORM
DIN 4074-1.

3 RESULTS

3.1 General remarks

In the following statements, a differentiation is made
between the North Tyrol (NT) and South Tyrol (ST) sets,
north slope (N) and south slope (S) slope orientations as
well as between altitudes, respectively.
3.2 Visual grading results
Figure 4 gives the yields of the grading classes from the
visual grading of specimens featuring a length of 2630
mm with the parameters from the middle third for the
purpose of compliance with the causality of
measurements results and the comparability with
bending test results. In this process, the key grading
criterion is constituted by knottiness. Here, some 10 %
are to be assigned to class S13, 45 % to S10 and 37 % to
grading class S7. The share of specimens that cannot be
assigned, i.e. grading classes REJ, accounts for 8 % (37
pieces). The two North Tyrol and South Tyrol sets
exhibit roughly equal distributions in the individual
grading classes. Yet the reject REJ is 6 % higher for the
South Tyrol set than at the North Tyrol side (Table 2).
Marked differences between the north and south slope
exposures can be inferred from visual grading. At the
north slope, a 8 % higher yield than at the south slope in
grading class S13 is documented, and, in class S 10, an
even 17 % higher yield than at the south slope is

documented. Vice versa, grading class S7 exhibits a
14 % higher result at the south slope, and also with
regard to reject REJ, a difference of 11 % is discernible
(Table 2). Dependence of grading classes on altitude
levels is represented in Figure 12.
3.2.1 Mean annual ring widths
With regard to visual grading, the mean value achieved
for annual ring widths, according to ÖNORM DIN
4074-1, accounts for 2.14 mm (Figure 6). The highest
value, i.e. 7.11 mm, as well as the lowest value, i.e. 0.69
mm, have occurred in the South Tyrol south slope set
(Table 1). For all sets, the maximum mean annual ring
widths are observed in the lower altitude levels. As
altitude of the growing area increases, annual ring width
goes down. Also with regard to standard deviations from
the mean value, a reduction has been observed as altitude
increases. No differences can be inferred from the north
and south slope orientations.
The 1250-N (ST) location corresponds to 1250 m above
sea level, north slope (South Tyrol), and exhibits a
markedly higher mean value for annual ring widths when
compared to neighbouring locations. This may be
explained by the fact that this location had been
registered in the historic cadastre up until the 1970s as an
area used for grazing by cows and for litter utilisation
(Maderebner, 2015). Also with regard to mechanical
measurement results, differences have, again and again,
been clearly identified. A similar correlation could be
established also on the south side at the 1390-S (ST)
location, corresponding to 1390 m above sea level, south
slope (South Tyrol), bearing the locality name of “Lana”.
Also here, pasture areas had been documented in the
cadastre still until the 1950s (Maderebner, 2015). At the
810-S (ST) location, growing conditions have been
subject to change due to clear-cutting around 1950 below
the sample logs. From a location altitude of 1,600 m
above sea level onwards, a decrease of annual ring
widths on both sides of the slopes has been clearly
observed.
Table 1: Mean Annual ring-width
Orientation

South
slope

North
slope

Location

tree
age
[years]

Annual ring width
[mm]
Mean
Max
Min

Sd

North Tyrol

154

1.72

4.89

0.80

0.84

South Tyrol

123

2.58

7.11

0.69

1.28

Collective

139

2.12

7.11

0.69

1.15

North Tyrol

130

2.09

5.25

0.75

0.79

South Tyrol

147

2.28

6.90

0.78

1.39

Collective

139

2.17

6.90

0.75

1.08

139

2.14

7.11

0.69

1.11

-

2.85

8.69

1.33

1.06

-

2.50

5.00

1.12

0.86

Total
XXL -Wood:
(Teischinger, 2006)
Holzknecht (DE; 100)
(Holzknecht, 2010)
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3.2.2 Knot parameters
Overall, 7722 knots featuring the dimensions of 48 mm x
138 mm x 2630 mm have been documented exactly in
terms of geometry at the 476 specimens. Table 3 and 4
as well as Figure 7 and 8 give the key results of the knot
parameter tests. To ensure measurement data causality,
here, again, only the knot data are represented over a
range of ± 4 h (total length: 1104 mm), starting from the
middle of the specimen. From the results achieved for
knot parameters DEK as well as tKAR it can be inferred
that the gained specimens exhibit higher total knottiness
values tKAR and/or individual knot diameters DEK at
the south slopes than those at the north slopes. In this
process, the tKAR parameter is not directly used as a
value for visual grading, as this value is actually to be
used as a grading criterion for research projects.
However, as with this value, the characteristic features of
knottiness are documented differently than with the DEK
value, this value was used for an advanced analysis of
the influence of the location. Similar to annual ring
widths, also for knottiness the influence exerted by the
location can be traced back very well. Accordingly, for
example, also here, the 1390-S (ST) location, bearing the
locality name of “Lana” (pasture areas), exhibits, at 0.51,
the highest tKAR value as well as the highest mean
value, i.e. 0.34. As opposed to that, the 1010-N (ST)
location bearing the locality name of “Schattenwald”
exhibits the lowest value, i.e. 0.02, and also the lowest
mean value of tKAR, i.e. 0.16. At the 810-S (ST)
location, the knottiness parameters are unremarkable.
Also slope locations allow for the conclusion that, on
south slopes, knottiness is more pronounced than on
north slopes. A direct influence of altitude levels cannot
be determined in statistical terms.
Table 2: Visual grades
Orientation

South
slope

North
slope

S13
(C30)

Visual grades
[%]
S10
S7
(C24)
(C18)

North Tyrol

2.94

19.75

24.79

5.46

South Tyrol

2.94

16.39

19.75

7.98

Collective

5.88

36.13

44.54

13.45

North Tyrol

7.98

32.77

18.49

0.42

South Tyrol

6.30

20.59

11.76

1.68

Collective

14.29

53.36

30.25

2.10

10.08

44.75

37.39

7.77

Location

Total

Table 3: Knot parameter DEK
Orientation

South
slope

North
slope
Total

Location

Table 4: Knot parameter tKAR
Orientation

South
slope

North
slope

Location
Mean

Max

Min

Sd

North Tyrol

0.257

0.510

0.070

0.088

South Tyrol

0.258

0.510

0.120

0.085

Collective

0.257

0.510

0.070

0.087

North Tyrol

0.205

0.430

0.030

0.077

South Tyrol

0.212

0.500

0.020

0.095

Collective

0.208

0.500

0.020

0.084

0.233

0.510

0.020

0.089

Total

Table 5: Strength classes based on the bending test results
Orientation

South
slope

North
slope

Sorting Combination [%]
EN 14081

Location
C30

C24

C18

REJ

North Tyrol

50.42

South Tyrol

34.87

0.00

2.10

0.42

0.00

11.76

Collective

0.42

85.29

0.00

13.87

0.84

North Tyrol

48.74

0.00

10.92

0.00

South Tyrol

33.19

0.00

5.46

1.68

Collective

81.93

0.00

16.39

1.68

83.61

0.00

15.13

1.26

Total

Table 6: Bending strength MOR
Orientation

South
slope

North
slope

Mean

MOR
[N/mm²]
Max
Min

North Tyrol

47.35

78.10

12.80

11.37

South Tyrol

36.63

64.20

13.50

10.48

Collective

42.30

78.10

12.80

12.18

North Tyrol

45.38

73.20

21.50

12.40

South Tyrol

43.69

78.30

12.20

14.28

Collective

44.70

78.30

12.20

13.19

43.50

78.30

12.20

12.74

37.30

60.10

18.60

11.70

39.90

67.10

9.50

16.60

38.20

72.50

19.70

10.00

Location

Total
REJ

Knot parameter
tKAR [-]

Swiss spruce: Quality normal
(Steiger, 1995)
Teilprojekt 14:
(dist. to mark: 137,5 mm)
(Wegener, Glos, Tratzmiller)
Holzknecht (DE; 100)
(Holzknecht, 2010)

Sd

Table 7: Modulus of elasticity in bending MOE
Orientation

South
slope

Knot parameter
DEK [-]

Mean

Max

Min

Sd

12667

18032

8511

2025

South Tyrol

9737

14747

5628

1958

Collective

11288

18032

5628

2471

North Tyrol

11732

20041

6745

2463

South Tyrol

11832

17786

4400

2737

Collective

11772

20041

4400

2572

11530

20041

4400

2531

11603

15563

8367

1838

12839

18207

9720

2514

North Tyrol

Mean

Max

Min

Sd

North Tyrol

0.180

0.370

0.070

0.066

South Tyrol

0.189

0.310

0.070

0.055

Collective

0.184

0.370

0.070

0.061

North Tyrol

0.149

0.310

0.060

0.054

Total
Swiss spruce: Quality normal
(Steiger, 1995)
Teilprojekt 14:
(dist. to mark: 137,5 mm)
(Wegener, Glos, Tratzmiller)

South Tyrol

0.149

0.280

0.040

0.055

Collective

0.149

0.310

0.040

0.055

0.166

0.370

0.040

0.060

North
slope

MOE
[N/mm²]

Location
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Table 8: Density DEN
Orientation

South
slope

North
slope

locations, there has been increased assignment to grade
REJ, and with regard to 810-S (ST), strength grade C18
has emerged in large part.

DEN
3
[kg/m ]

Location
Mean

Max

Min

Sd

North Tyrol

433

513

370

35

South Tyrol

406

519

349

27

Collective

420

519

349

34

North Tyrol

405

540

352

32

South Tyrol

419

489

343

35

Collective

410

540

343

34

415

540

343

35

450

486

408

23

493

580

422

54

456

590

378

42

Total
Swiss spruce: Quality normal
(Steiger, 1995)
Teilprojekt 14:
(dist. to mark: 137,5 mm)
(Wegener, Glos, Tratzmiller)
Holzknecht (DE; 100)
(Holzknecht, 2010)

3.3 Bending test results
3.3.1 Assignment to strength classes
In order to be able to evaluate the quality of visual
grading for spruce timber from alpine regions, the
results/yields are compared with the results from
bending tests according to ÖNORM EN 408. By way of
determination of yields according to ÖNORM EN
14081-2 (2013), categorisation into strength classes,
according to ÖNORM EN 338 (2010), is performed,
using grading combination C30-C24-C18 corresponding
to S13-S10-S7, on the basis of the determined
parameters of bending strength MOR, modulus of
elasticity MOE and density DEN. By way of this so
called perfect grading method, 84 % are assigned to
strength grade C30, and 15 % of joists are assigned to
grade C18 (Table 5). Reject REJ accounts for merely 1
% when compared with 8 % achieved for visual grading.
Due to the grading combination C30-C24-C18, no joists
“remain” for strength grade C24 so that all are assigned
to strength grade C30. The reason for this lies in the
grading combination (comment: insufficient distances
between the individual classes) and, among other things,
the more conservative assignment by way of visual
grading techniques. In order to generate assignment of
the specimens to strength grade C24 here, other grading
combinations featuring bigger distances between the
classes would have to be used which would, in turn, only
be possible when using mechanical grading systems.
Similar to visual grading, there is a correlation with
altitude levels displayed in Figure 13 substantiated also
by the bending test results and/or the strength classes
inferred from them. When compared with visual grading,
the North Tyrol set exhibit a somewhat higher quality,
with a 10 % higher yield in strength grade C30. A
possible influence of different north-south slope
orientations is, in turn, markedly put in perspective when
considering the results of experimental tests in
comparison with the yields gained for visual grading
(Figure 5). At the 1250-N (ST) location, as with visual
grading and when compared with neighbouring

3.3.2 Bending strength, MOR
Bending strength values (ÖNORM EN 408, 2012) fm,150,
converted to a reference height of 150 mm (ÖNORM EN
384, 2010), range between the dimensions of 12.20
N/mm² and 78.30 N/mm² at a span width of 66.10
N/mm² (Table 6). On average, bending strength accounts
for 43.50 N/mm², with a variation coefficient of appr. 29
%, which is normal for spruce timber (Niemz, 1993).
With regard to slope orientations and altitude levels,
only minor differences accounting for 6 % could be
observed in favour of the north sides. At the 1250-N
(ST) location, a markedly smaller mean value, i.e. 28.12
N/mm², of fm,150 was observed on account of growing
conditions and when compared to neighbouring locations
(Figure 9). A similar result was established for the 1390S (ST) as well as for the 810-S (ST) locations. Thus, a
local influence on timber quality yielded by cultivation
types is well identifiable (Maderebner, 2015).
3.3.3 Modulus of elasticity in bending, MOE
For the total set, the elasticity modulus accounts for
11530 N/mm², on average, and converted to a wood
moisture of 12 % (ÖNORM EN 384, 2010), at a standard
deviation of 2531 N/mm² (COV = 22 %) (Table 7). The
lowest value of measured results has occurred at the
1250-N (ST) location which is again confirmed by
knottiness results. With an average Em,g,12 value, the
S (ST) set is markedly below the rigidity values
exhibited by the other sets. Also for the MOE, similar to
bending strength MOR, merely minor differences in the
amount of overall 4 % have emerged in favour of the
north sides regarding slope orientations. There is no
evidence pointing towards a correlation with the altitude
levels of the growing areas (Figure10). Yet also as
regards the E-modulus, the influence of the location due
to different cultivation types is plausible
(Maderebner, 2015).
3.3.4 Density, DEN
When converted to a wood moisture of 12 % (ÖNORM
EN 384, 2010), the total set exhibits mean density in the
amount of ρ12 of 415 kg/m³, with a variation coefficient
of appr. 8 % (Table 8). There are only slight density
variations between the individual sets. Decrease of the
annual ring widths as altitude levels increase can,
however, not be directly inferred from an increase of
density (Figure11). As with the strength and rigidity
parameters, also here, an influence of cultivation types
(former pasture areas) is perceptible, even if it is not as
pronounced as for strengths and rigidities.
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4 Result analysis, discussion
4.1 Macroscopic properties

Comparison of the mean annual ring widths with the
values from other research projects (Steiger, 1995;
Teischinger and Patzelt, 2006) has shown that the tested
material is markedly below the values from these
research projects, in particular for small annual ring
widths (Table 1). When comparing these mean values to
one another, the differences are, however, partly put in
perspective. As the altitude level increases, scattering of
annual ring widths becomes less pronounced (Figure 6).
This decrease also has an impact on gross densities and
results in some sort of homogenisation (Figure 11). As
regards slope orientations, no differences have been
determined, which can also be explained by pronounced
East-West extensions found in the selected mountain
valleys. It can be clearly observed to some extent that
there is an impact of past cultivation types as annual ring
widths increase. Also when analysing the knot
parameters, this correlation with past cultivation types
regarding the selected growing areas can be observed
(Figure 7 and 8). Accordingly, areas that were used for
grazing feature higher total knottiness values and often
also bigger individual branches than this is the case for
rather shady and primarily north-side locations that have
always been wooded. This fact can also be inferred from
the rigidity parameters and strength values.
Unfortunately, no suitable values for comparisons with
other research results could be found.

mentioned, mountain timber seems to exhibit a
comparably high bending capacity here despite lower
gross densities.
Between the two examined locations of North and South
Tyrol, basically no clear-cut differences could be
identified. Yet some locations, in particular at the south
slope in South Tyrol, exhibited relatively poor
mechanical parameters which is, however, explained by
the basic selection of specimens (consideration of
historic cadasters), and no conclusions are to be inferred
from that.

4.2 Strengths, rigidities and densities
In spite of poor mean values of 36.63 N/mm² for set
S (ST), the tested sample material exhibits a relatively
high bending capacity of 43.50 N/mm² (Table 6).
Comparison with bending strength results from other
research projects shows that bending strength is
relatively high for the tested sample material in spite of
the low values exhibited by set S (ST). In this context,
the maximum value, i.e. 78.30 N/mm², as well as the
lowest value, i.e. 12.20 N/mm², have been observed at
the north slope in South Tyrol. This is a fact the
substantiation of which is to be found in the past
cultivation types prevalent at the respective locations
(Maderebner, 2012). Dependencies of altitude levels
have not been determined, but are masked by effects
such as slope orientation and the past cultivation type
prevalent at the location.
As for the rigidity parameters, the same aspects as with
bending strength have occurred. At a mean value of
11530 N/mm², it is in the same range as Swiss spruce
timber (Steiger, 1995), furthermore, it appr. 10% below
the indicated values achieved for the tests regarding
subproject 14 (Wegener et al., 2008; Table 7). The partly
low values of the MOE can be chiefly explained by the
knottiness observed at certain locations. At 415 kg/m³,
density is up to 16 % lower than the indicated values
from intercomparison projects (Table 8). As the direct
correlation between density and strength is frequently

Figure 5: Average annual ring width dep. on the location and
altitude

Figure 6: Average annual ring width dep. on the location and
altitude
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Figure 7: DEK depending on the location and altitude

Figure 8: tKAR depending on the location and altitude

Figure 10: MOE depending on the location and altitude

Figure 11: Density depending on the location and altitude
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Figure 9: Bending strength depinding on the location and
altitude
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Figure 12: Visual grades depending on the orientation of the slope and the altitude of the location

Figure 13: Strength classes based on the bending tests depending on the orientation of the slope and the altitude of the location
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CONVERTING WOOD INTO TIMBER AND PARTICLES
– NEW APPROACHES
Ulrich Müller1 1, Oliver Vay 2, Alejandro Martinez-Conde1, Stephan Frybort2,
Thomas Krenke2, Johannes Konnerth1, Alfred Teischinger1
ABSTRACT: The primary material wood is typically fragmented by tradition based technologies in a first process step.
A compulsory need of radical innovation was identified in order to amend current fragmentation technologies. New
technologies for mechanical disintegration of wood were investigated. Higher yield and improvement of grading
technologies are keys to make wood competitive to other building materials. Radical innovation in sawing timber
industry are limited by high investment costs for sawmill machines and installations.
To find new mechanical conversion technologies as an alternative to the sawmill process and other well-known
processes different studies were performed. Based on functional analysis key words were identified for a patent
research, which are related to functions and effects of the different technical systems. Out of the analysis 15
technologies were selected for a feasibility study and further evaluation. This pointed out that no single technology is
applicable to convert logs into timber. This means, that sawing technology can’t be replaced by alternative cutting
technologies. Further optimization and innovation of the sawmill industry should focus on grading, scanning, sawing
processes and following production processes. With respect to technologies to convert logs and wood materials into
particles new and possible applicable methods were identified.
KEYWORDS: Cross Industry Innovation Process, mechanical wood disintegration, Alternative cutting technologies,
saving of energy and resource efficiency
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1 INTRODUCTION 34
Wood is a highly hierarchically organized and
mechanically optimized material, which is not designed
for boards and wood composites but for the living tree to
fulfil physiological functions and to withstand
environmental impact. With the special conditions which
have to be fulfilled by the wood material, the mechanical
properties in fibre direction are more than tenfold higher
than perpendicular to grain. Low mechanical strength
and stiffness values of the wood material are challenging
for the wood technology and wood industry. Wood
technology and the application of wood for wood-based
composites and engineered wood products include
mechanical conversion of solid wood into smaller
fractions.

Figure 1: Limitations and challenges in sawing timber
production

The application of state of the art conversion
technologies means that the wood material is also cut
and divided perpendicular to grain because of local and
global fibre deviation within the logs. Additionally, fibre
deviation can also occur, when the cutting direction or
the crack pathway does not exactly follow the fibre
direction. In any case the mechanical properties of the
original wood can’t be reached by wood-based
composites because of deconstruction of the highly
optimized structure of natural wood. In the case of
sawing timber conversion of logs into boards and
3
4
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lamellas means low yield and inhomogeneity of the
material due to knots and other defects (see Fig. 1).
Additionally, in sawing timber production mainly the
material close to the pith (i.e. juvenile wood) is
processed to sawing timber, whereas the outer parts (i.e.
adult wood) are processed to chips and by-products.
However, the outer parts of a log contain wood material
with improved properties (i.e. longer fibres, low spiral
grain, lower knottiness, low MFA, etc.). Therefore,
sawing causes downgrading of wood material to a high
extend.
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2 CONCEPTIONAL WOOD
TECHNOLOGY – A NEW APPROACH
Deficiencies of existing technologies in wood processing
open the question, if chances exist to improve the yield
in mechanical conversion of wood and to prevent
deconstruction of the highly optimized nature of the
wood material. Over decades existing technologies were
highly optimized with respect to feed speed and
capacities. These incremental innovations were mainly
done by the suppliers of the machineries and by
introduction of control and sensor technologies. Wood
material and new mechanical disintegration methods
were not considered yet. Sawing timber production is a
continuous process. However, drying is performed in a
batch process, which includes high inhomogeneity in
moisture content and different drying times. Until now, a
change of paradigm in drying process wasn’t considered.
These examples (i.e. drying and sawing technology) do
not mean a general criticism on existing technology of
the wood working industry. However, deficiencies of
existing technologies open the question for science to
analyse and to question them critically along the
different production steps.

Figure 2: Conceptional wood technology: finding new
approaches to optimize and to replace existing and well
established technologies.

Conceptional wood technology is a systematic approach
to analyse deficiencies and limitation of existing and
established technologies and to propose new production
concepts [2]. This analytical process is divided into three
distinctive phases: i) 1st phase (i.e. analyse) is describing
limitation and deficiencies of production steps,
properties of semi-finished products and products, ii)
2nd phase (assessment of potential) is estimating the
potential of the improvement of state of the art
production processes and technologies on an analytical
and abstract level, and iii) 3rd phase (concept) is seeking
for new approaches and solutions, without considering
existing production technologies. This phase require
state of the art technologies to critical question. This

phase opens research questions for the future and
describes the demand for further research and
development. An example of the three different phases
of conceptional wood technology is given in Figure 2.
Following phase 3 a cross innovation process is
suggested to find appropriate solutions for identified
production processes which have to be improved.

3 CROSS INNOVATION PROCESS
Two different approaches were followed by finding
appropriate solutions for the cutting technology
dilemma, i.e. systematic screening of production
technologies and functional analysis. In the case of
systematic screening the systematization of all
production technologies corresponding to DIN 8580 ff
[1] was used. DIN 8580 presents all production
technologies including conversion technologies.
Following the technical terms of DIN 8580 key words
were generated for literature and patent research.
Additionally, existing key words describing conversion
techniques were combined systematically to cover
possible combinations of conversion technologies (see yaxis in Figure 3). Applying ultra sound technique to
improve cutting performance is well known. Magnetic

stabilisation of band saw blades is another method to
optimize the cutting process which improves the yield in
the sawing timber process. Changing wood properties
(i.e. damping, moisture content, etc.) has a significant
effect on cutting pro-cesses.
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application of these abstracted key-words yield hits
which are not related to specific solutions and branches,
which opens the window of possible techniques to a
large extend (Fig. 5). In the case of alternative
conversion technologies of wood six existing cutting
technologies related to wood technologies were
investigated by means of a functional analysis. The key
words gained were applied to a patent research yielding
more than 26.000 hits. Out of this huge pool of patents,
300 technical descriptions were selected, which seem to
contain possible and applicable solutions on the cutting
dilemma at first glance.

4 RESULTS AND DISCUSSION

Figure 3: Systematic combination of conversion technologies
correspond-ing to DIN 8580.

Technologies which can possible support, optimize, and
change the cutting and fracture of wood were combined
with conversion technologies (see x-axis in Figure 3),
resulting in a huge matrix of 1249 combinations of
technologies. The huge number of combinations was
investigated by means of an extended literature and
patent research, yielding more than 20.000 references
and more than 5.000 patents. The huge number of
references and patents were evaluated and a highly
reduced number of basic principles of new conversion
technologies were investigated in detail.
The other approach to find appropriate solutions for
technological problems is the functional analysis.
Functional analysis is based on existing technological
solutions which are dissected and analysed with respect
to the function which has to be fulfilled (see Fig. 4).

Figure 4: Basic principle of functional analysis of a vacuum
cleaner. Basic function of the vacuum cleaner is to collect dust.

Functional analysis leads to abstracted key words of a
technical problem, which is not related to existing and
well known technical solutions of the own branch. The

Following the hypothesis of Burnett [3] synthesis of
knowledge is the major source for science and
innovation in future. One major problem in cross
industry innovation is to take access of the knowledge of
foreign branches [4,5]. This assumption is supported by
several studies [6,7,8,9,10], which prove that high
cognitive distance in between the branches combined
will serve as a valuable source for innovation. In the case
of alternative cutting technologies the two different
approaches to find alternative techniques and methods
yield a tremendous number of hits (approx. 22.000
references, 26.000 patents and 10 expert interviews from
different branches), which were evaluated and assessed
with respect to wood properties. However, in the case of
the production of sawing timber (i.e. regular shaped
wood elements) no applicable method beyond sawing
technology was found (see Figure 5).
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Figure 5: Different strategies in finding appropriate solution
of a technical problem by searching based on specific technical
questions, on technical problems, on a systematic approach
and searching based on abstraction.

In the case to alternative technologies with respect to the
production of sawing timber it has to be clearly stated,
that no appropriate technology was found. The results
represent three research programmes including literature
and patent research with a work load of approx. 24
month. A definitive statement does not correspond to
research and science. However, the possibility to find an
alternative cutting method which can fully substitute
sawing technology is thought to be highly improbable.
Nevertheless, the study pointed out, that for the
conversion of wood into particles a distinctive number of
serious alternative technologies exist. Research
programmes investigating these technologies are still
under progress (i.e. macro fibre technology, [11, 12]).
Other methods include dynamic damaging and pretreatment of chips to reduce energy consumption in the
refining process.
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STRUCTURE ANALYSIS OF A PRODUCTION NETWORK BY MEANS OF QUALITY
FUNCTION DEVELOPMENT AND VALUE STREAM MAPPING
Sebastian Kühle1, Alfred Teischinger2, Manfred Gronalt3
ABSTRACT: The purpose of the paper is a conceptual framework to analyse supply chain networks by providing
information. The approach uses the Quality Function Deployment (QFD) and Value Stream Mapping (VSM)
methodology for a better understanding of the interaction and reaction of upstream and downstream companies in the
supply chain network. The focus is on products, process chains and related technology. For this purpose quantitative
and qualitative information is necessary. We using two methods and combine them to analyse the network from two
directions. The QFD starts from the customer and product side - the so called customer view. The VSM focuses
product´s manufacturing life cycle. The approach is applied to the solid hardwood production network as case study.
The expected result is a procedure to evaluate systematically the actual network on resource-efficient capacity
utilisation as well as redundant and limiting process chain elements.
KEYWORDS: Quality Function Deployment, Hardwood, Supply Chain Network, Technology, Process Chain
Elements, Value Stream Mapping

1 INTRODUCTION 123
Hardwood industry faces major challenges in Europe
and beyond [1, 2, 3]. It has to find its stability and
market place once again. The increasing hardwood
timber stock in forest is still in contrast with a stable
slightly decreasing utilisation in the wood-based
[1]. A gap is evolving between resource growth and
material utilisation. One reason for the issue concerns
the missing links in the supply chain (SC) from
to product and customer or it is better to say that the
intransparent links and supply chain network
lead to complexity [3, 4]. Those links and activities
essential parts of a supply chain network (SCN). SCN
members produce products step by step (
Figure 1). Every single manufacturing and processing
step within SCN chances the quality of the ready-made
product. Each business, which is involved in the product
transformation process, is responsible for the product
quality.
[4] describe different aspects where complexity occurs
within SC and focuses on global sourcing. There are
interesting ideas mentioned which are also issues for
companies which act nationally or cross-nationally.
Although, companies act nationally, competitors are
located global nowadays. Inefficient SC can relate from
1
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complex SC structures or product design. The focal
company may not have production quality problems. The
problems can also be traced back to the upstream
stakeholders.
Wood
Resource

Primary
Industry

Downstream
Industry

Customer

Figure 1: Selectet dependant supply chain network and
process steps. The primary industry provides the downstream
manufacturings with intermedia products. The system
boundary relates to the inter business links between wood
resource to sawmill and produced finished products from the
downstream manufacturer to customer.

The hypothesis is that information provision about the
supply chain structure provides knowledge which leads
to an increase of efficiency by SC structure optimization.
Within the SC and process chain, transparency relates on
the one hand to insight considering the match of adjoins
process chain elements but also to correlated technology.
Thus, the process chain elements bridge a link from
product design to technology.
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Our approach uses the Quality Function Deployment and
Value Stream Mapping methodology for a better
understanding of the interaction and reaction of upstream
and downstream companies in the SCN and their specific
process functions.
For this purpose the paper is organized as follows: First
the scope of the paper is given. The literature review in
chapter 2 contains both tools and describes their basic
functions. Additionally, both methodologies are
considered to the research field of SC and their
application. After that, chapter 3 illustrates the specific
guidelines for the conceptual framework which forms
the innovative approach. Chapter 4 gives a summarised
overview of the case study. Chapter 5 concludes the
paper.

quantitative, technical data like ranges of length or
speed.
4
2

1

3

2 LITERATURE

6

2.1 QFD

7

2.1.1 What is QFD?
Yoji Akao, developer of QFD, defines QFD as planning
and development tool for quality functions of a product,
which are requirement from customer as quality
characteristics. The ASI (American Supplier Institute)
goes one step further and specifies the definition. By
companies, customer requirements have to transform
into internal production potentials. These potentials have
to be reflected on products development phases from
product design up to product launch. [5] indicates that
the application of QFD has a framework procedure but
the task in each step cannot divided into subtask and
completed in corresponding departments. QFD lives
from cross-division collaboration and hence QFD
receives its success. Thus, the two main functions of
QFD are customer orientation and teamwork.
2.1.2 Benefits
The core of the Quality Function Deployment is formed
by customer requirements for a selected product. Its
ultimate objective is the satisfaction of the customer.
With regard to the supply chain – even though the
product/customer is the last element in the supply chain
or the first – its ultimate objective is the fulfilment of
customer demands in quantity and quality. The HOQ is
the tool of the QFD which meets these requirements. It is
a conceptual scheme and guides the user through the
procedure to develop the QFD. The main function of the
HOQ is a matrix correlating two different attributes. The
general procedure includes particular components and
forms a recognisable shape (Figure 2). It helps to
transform customer requirements into internal
characteristics. It is similar to a utility analysis. In both
cases you use a liker scale to compare different physical
units with subjective background of the user. But
compared with a utility analysis it has addition functions.
At first you do not compare criteria class 1 with criteria
class 1. Instead you compare customer requirements
(information class 1) with internal product
characteristics. These are transformed information which
depends on company´s resources and measurable
product characteristics. And second the user develops the
matrix with objectives. These objectives are mostly

1)
2)
3)
4)
5)
6)
7)

5

“What”– Customer Requirements
Voice of Customer
“How” – Engineered Product Characteristics
“How vs. What” – Interrelation Matrix
How much supports “How” the “What”
“How vs. How” – Technical Correlation Matrix
“Why” – Assessment Matrix of contestant
“How much” – Determination of technical targets
Priority of “How”
Figure 2: The general House of Quality

Every part of the house has its reason and the user has to
fill it with life in form of quantity or quality information.
Furthermore, basic sections are benchmark and a
technical correlation matrix which shows possible
technical difficulties. The latter is often used in
combination with TRIZ.
With a multi-step QFD approach the user reveals crossfunctional information. We use the approach from
Macabe and ASI [6, 7]. The structure is hierarchical and
contains of four phases which are executed successively.
The four phases are divided into product, component and
process planning as well as process execution (Figure 3).
Each phase is represented in a chart which correlates the
requirements (“what”) with its implementation (“how”).
In the following level, the former implementations are
transferred as requirements. Therefore, the multi-step
approach ensures a systematically development. A
detailed description of the multi-step execution is shown
in [7].
2.1.3 Limits
The QFD method has a critical deficit why decision
maker or manager use it just once. At the early stages, it
requires more time. Also, it should occupy time periods
from heads of division. The combined company
knowledge results in progressive solutions and predetermined quality and process parameter. Principally,
the unavoidable time expenditure at the beginning and
the resource binding follows in decreased cost and postprocesses at further steps.
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product from raw material through delivery to the
customer.

Figure 3: The multi-step approach of the QFD

Learning effects will decrease the expenditures and raise
the yield. Thus, it is not the whole issue but the
combination of time and inflexible, static adjustments
brings up the crucial deficit. If the user modifies some
requirements or internal characteristics, he has to adjust
all effected parts all the way down. Due to QFD is an
iterative process adjustments are inevitable.
2.1.4 Recommendation
The authors recommend for comprehensive information
about QFD like procedure, application, performance [5],
detailed explanation of the several house parts and the
multi matrix approach [6, 7] , objectives [8], [9] and the
classic review from [10].
2.2 VSM
2.2.1 What is VSM?
VSM is a tool of lean manufacturing, originates from the
Toyota Production System [11], that helps to understand
material and information flow as products make their
way through value stream. VSM enables the allocation
of specific data to each process chain element in the
company. The value stream includes the value adding
(internal production) and non-value adding (purchase,
order and supply) activities that are required to bring a

VSM is a documentation tool and maps material and
information flows from the raw material over the
transformation processes to the customer at the
operational level [12]. VSM is a draft of a product´s
manufacturing life cycle which perceives all phases
throughout the production process. The goals of VSM
are to observe material flow in real time from the final
customer to the raw material and to visualize losses in
the process. The methodology consists of visualization,
analyzing and optimization of the product´s
manufacturing life cycle (PMLC). Three steps lead to a
leaner manufacturing process. First it is examined the
current status – value stream analysis. Modern
companies have a wide product catalog, thus product
families are used to follow their production stream. Then
it is designed a target state of the production process –
value stream design. The last step is to develop a
program of measure to achieve the future state. The
method targets at a lean, dynamic and customer
controlled value stream, with short lead time and
reduced inventories [8, 9]. It is widely used in industrial
practice.
2.2.2 Benefit of VSM
The VSM enables the allocation of specific values to

Information
Flow

Material
Flow

Figure 4:Value Stream Map example
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each process chain element in the company. It is
recommended to go the product manufacturing cycle.
For the person, who maps the process, it is necessary to
get an objective data base. Production manager calculate
with specific data which often reflect not the reality. This
fixed data developed over time and now it belongs to
daily structure. The first optimization potential arises due
to the gap between fixed process data and real process
data.The intertwined material flows with the associated
individual work station of the component as well as the
products will be disentangled and systematically mapped
Gathered transparency at the shop floor is premise for
production optimisation. The representation of technical
processes, materials and information flow with
corresponding specific data shows the linkage between
the production processes and their controlling
information flows [13]. The VSM tool helps to consider
the product manufacturing cycle as a whole. It is more
than the sum of the individual parts. Specific business
knowledge and experience links the parts to an efficient
production line [14].
On the organisational level VSM provide a common
language and learning effect [12]. The mapped processes
and corresponding information are described with fixed
terms.
2.2.3 Limitation
In their literature research, [15] identify eleven
categories of problems during VSM implementation.
They establish a guideline from the analysis of the
causes. The considered issues have their core in the
usage of the VSM method which are linked to the
companies´ production concepts. VSM can be
effectively applied on linear process chains. Divergent
material flows, like wood disintegrating processes, have
to consider separately. Parallel downstream processes
are not possible to draw or would not show their
influence. A recipe is to build product families. A
product family is a grouping of products which start at
similarities in resource over manufacturing processes
and up to geometrical dimensions. Another main
weakness point is general one. Limitation relates to the
level of knowledge of the employees. In this case it
would be a lack of training in basic lean concepts which
helps mapping the products manufacturing cycle but not
the development of a future state [16].
2.2.4 Recommendation literature for VSM
The authors recommends for comprehensive information
about VSM and products development [17]. Their paper
focuses on decreasing the time of product development
process which takes around four to five years. They
provide a comprehensive strategy to implement VSM as
lean management tool in the process. At the beginning,
they use pareto analysis to identify the top portion of
causes which need to be addressed to resolve majority of
problems or time consuming factors. [18] study the
quality issue of a process chain and call it Quality Value
Stream Mapping (QVSM). The procedure of QVSM
helps to increase the transparency of quality control in
process chains by considering present quality defects,
quality inspections and quality control loops.

2.3 QFD + VSM FOR A SC OR SN
QFD and VSM are widely used regarding the
methodologies as management tool for decision makers
in single companies. Both consider complexity as longterm strategy. With QFD, the user looks at the
complexity of the product structure within a company
and takes it apart. This decreases the complexity by a
multi-step procedure and develops systematically step by
step a link between product and production planning as
well as quality planning. This procedure achieves
possibilities for optimisation strategies. With VSM, the
user looks at the complexity of the process chains of the
internal production.
[19] use QFD to connect manufacturing with cross
divisional strategies to overcome the gap between
diverse strategy directions in several divisions. Their
approach provides a systematic tool to simplify strategy
formulation. With a modified multi-step approach they
realize the connection of manufacturing strategy with
action plans. But with this modification, they lose the
connection to the product and design. To some extent,
complexities within business strategy arise from highly
unintegrated business functions due to an intricate
product design. Hence, issues occur in supply, demand,
destitution and sailing.
Furthermore, scientific papers propose different
approaches to tackle specific problems of the SC with
QFD like supplier selection [20] [21], supply logistic
planning [22], logistic service [23]. [24] focus on the
main objective of SC management – fulfilment of
customer needs. The authors see business resources,
facilities as well as business functions including
transportation, distribution,
Inventory and work force support the fulfilment process.
Competitive strategies which consider these factors and
aim to meet the customer needs will increase the
business position. Therefore, they use in the first HoQ
business competition strategy (customer requirements)
correlated to supply chain design strategies (engineered
product characteristics).
So far, QFD is used as management tool to work out
products designs or supply chain strategies which
consider customer needs. But, the literature does not
provide any study that incorporates with the analysis of
process chains for product manufacturing and the
interrelated technology in an SCN environment. QFD
makes it possible to ground the base for supply chain
optimisation. Usually, QFD is a product development
tool with quality management integration. The systemic
procedures enable the product disassembly up to detailed
production planning. Through comparing the optimised
process chain with the current manufacturing process
chain the scope of optimisation potential will be revealed
also over business borders. The following methodology
section will present the conceptual framework to analyse
the process chain of a SC with QFD and SCM.

3 METHOD
Analysis methodologies require an extensive generation
of information and presentation possibilities. For the
qualitive and quantitive analysis of SCN instruments are
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needed as they guarantee a structured and consistent
implementation of the actual state and performance of
their actors. The linchpin of this method is the
application of the multi-step QFD approach towards the
several semi-finished and final products of the supply
chain. The general workflow is illustrated in Figure 5.
1. Choose the SC business area
2. Seleced and dependent SCN mebers
3. Set up the products of the chosen SCN members and
gather information on material and process chains
4. Develope VSM for products
5. Set up QFD for the semi-finished and finished products
with the SCN application
6. Analyse the selected SCN
Figure 5: Workflow for supply chain network analysis

The following part describes modifications and
instructions which affect the input and output factors of
the multi-step QFD procedure to guarantee crosscompany functional analysis.
Contrary to the general ultimate objective of the QFD it
should be considered that the approach changes from a
methodical product planning and development
methodology to a supply chain analysis methodology
based on the semi-finished and final products of the
particular member. Consequently, four determinations
need to be considered when using QFD.
At the time of consideration, the given products are used
to represent the objective direction. The products
implicate the market and customer requirements at the
current point of time. Therefore, the voice of the
customer is an obsolete input factor. Requirements that
represent the business objectives of the various members
are crucial for the SCN input. The input criteria design
the solution space and have to apply to all supply chain
members. According to [25] functions of The Iron
Triangle (quality, time and cost) determine the solution
space. At the initial implementation of the multi-step
procedure the EPC of the HOQ I can be defined by
focusing on the semi-finished or final products of the
particular member.
Another determination affects the component planning in
the HOQ II. In compliance with the amount of product
components functions have to be attributed to the
individual component. Components without functions
are obsolete. Hence, it is guaranteed that each
component is considered in the following HOQ III and
HOQ IV.
A further determination is related to the production
execution (HOQ IV). In contrast to the general
development of the production characteristics, which
should relate to the result of the HOQ III, fixed process
chain elements (PCE) are used. A PCE is regarded as a
transformation action whose output material is the input

material of the next transformation action. The sum of
the single PCE forms the process chain (PC) of a specific
product (Figure 6). Thus, the PC of the given semifinished or final products of the particular SCN member
is used as the production characteristics of the HOQ IV.
Each individual process in the manufacturing and
processing industry can be documented with specific
values like tool dimensions, material dimension,
processing speed or cycle time. At this point an
extensive performance recording takes place, which
requires production engineering background that is not
possible with just QFD.
Input

Process

Process Chain
Element 1

Output

Process Chain
Element 2

Figure 6: Transformation process and simplified production
process chain.

Therefore, VSM is integrated. The value stream mapping
(VSM) enables the allocation of specific values to each
PCE in the company. The intertwined material flows
with the associated individual work station of the
component as well as the products will be disentangled
and systematically mapped. After the execution of the
integrated VSM tool two ways of evaluation are
possible. One way uses current methodologies for
analysing VSM. Primarily, approaches lead to
identifying, quantifying, minimizing or eliminating
wasted processes. According to [26] root cause analysis
are necessary because VSM is just an analysis method to
determine the actual state. [9] is recommended for
analytically solve of core problems. The other way uses
the VSM results for QFD network analysis as
information carrier. VSM separates material and
information flows into individual pieces. These pieces
represent the single PCE with current dedicated
technological parameters. The crucial information is
transferred into HOQ 4. The modified QFD is the QFD
with the supply chain oriented determination plus the
integrated VSM.
The ultimate objective of functional depend information
retrieval in SCN can be achieved by the consideration of
the above mentioned determinations and instructions.
So far, there are two types for the assessment and
utilisation of the QFD charts regarding the chosen
products of SCN. The former takes into account the
PCE. It analyses the redundancy. We use a process
matrix for this purpose. It visualises the PCE along the
SC so that redundant processes can be identified easily.
The latter considers the functional dependency. The user
of the QFD in SCN has to tailor the functions according
to the individual operational business area. In the
manufacturing and processing industry operators of the
QFD in SCN develop product-based functions. These
refer primarily to the material properties which are
processed through manufacturing engineering processes
like forming, separation or assembly. For example, if the
user establishes the EPC attribute `surface quality´ in the
HOQ I and transfers it to each component in the HOQ II,
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it is possible to identify the current dependent
influencing parameter for the surface quality.

4 CASE STUDY AND PRELIMINARY
RESULTS
So far, the conceptual framework is established.
Different supply chains and process chains are
disassembled if possible. A comprehensive evaluation
has not been done yet. The following part represents the
current heavily summarised results of the approach.
Figure 7 illustrates the progress overview on the basis of
the above given execution procedure.
1. Choose the supply chain business area
2. Select linked and dependent SCN
members
3. Set up the semi-finished and finished
products of the chosen SCN members
and gather information on material and
process chains
4. Set up QFD for the semi-finished and
finished products with the SCN
applications
5. Set up VSM for the semi-finished and
finished products
6. Analysis of selected SCN

Done
Done

throughout the downstream manufacturer up to the
primary industry. Additionally, we wanted to provide the
practical user with a ready-to-use tool. It was found that
in order to design an efficient hardwood production
network, extensive structured, filtered and analysed
information is necessary to increase transparency and to
raise efficiency in the decision making progress.
Results compare practical data from VSM with the
detailed data from the multi-step QFD procedure. Both
methodologies are approaches to consider product
manufacturing life cycle in an even more holistic way.
The information of the PMLC is collected over a
plurality of sources which are connected to the product
like the different technologies and specific machines.
Linked processes can be analysed systematically
Currently, the hypothesis cannot be confirmed or denied.

6 ACKNOWLEDGEMENTS
Done

Done
Not Done
20%

Figure 7: Progress of the hardwood SCN analysis

For the application of the modified QFD methodology
for SCN we chose several process chains of the solid
hardwood processing industry. The primary industry is
the sawmill. Based on the sawmill semi-finished
products we selected the dependent downstream
industries with their process chains (figure 8). The
system boundary frames our contemplation space of the
SCN. In the beginning the input parameters into the
sawmill limit the system and at the end the output
parameters from the downstream manufacturer, primary
the product, limit the system.
After defining the system boundary, the combination of
information about the several supply chains and the
execution of the VSM (Appendix I) leads to the modified
SCN QFD. We transferred the crucial information in the
HOQ IV and got a high density of specific process
values (Appendix II). The production part of HOQ IV
include the crucial PCE. The example in the Appendix I
represents the HOQ IV for a prefinished hardwood floor.
Each column illustrates one PCE. The specific values for
each PCE can be recorded at the bottom section. We
gathered specific values to attributes like several times,
dimensions, wood moisture and yields. It is possible to
modify the section according to the type of production
and necessary values.

5 CONCLUSION
The purpose of this paper was to present a new approach
for gathering and analysing information of a SCN. The
study was based on quality functions which are run

Financial support for this work in the framework of the
PhDSchool DokIn´Holz funded by the Austrian Federal
Ministry of Science, Research and Economy as well as
the Austrian Federal Forestry Office and the Austrian
Chamber of Agriculture are gratefully acknowledged.

7 REFERENCES
[1] Krackler, V., Keunecker, D., Niemz P., Hurst A:
Possible Field of Hardwood Application. 2010th ed.
The 5th conference on hardwood research and
utilisation in Europe 2010.
[2] Sandberg D, Johansson J: New products and
production systems for increased profitability within
the mechanical hardwood industry. Creation of
Industrial Competitiveness CIC:75–92.
[3] Howe J, Bowyer J: REINVENTING THE
HARDWOOD INDUSTRY ONE COMPANY AT
A TIME 2007.
[4] Gunasekaran A, Subramanian N, Rahman S: Supply
chain resilience: role of complexities and strategies.
International Journal of Production Research
2014;53(22):6809–6819.
[5] Saatweber J: Kundenorientierung durch Quality
Function
Deployment:
Produkte
und
Dienstleistungen mit QFD systematisch entwickeln.
3rd ed. Düsseldorf, Symposion Publishing GmbH,,
2011.
[6] Mai C: Effiziente Produktplanung mit QFD, 1998.
[7] ASI: Quality Function Deployment: 3 Day
Workshop. Dearbon, Michigan, 1989.
[8] Shahin A: Quality Function Deployment: A
Comprehensive Review 2002.
[9] Oke SA: Manufacturing Quality Function
Deployment: Literature Review and Future Trends.
EJ 2013;17(3):79–103.
[10] Hauser JR, Clausing D: The House of Quality.
Harvard Business Review 1988.

WCTE 2016 e-book | 812

[11] Ōno T: Toyota production system: Beyond largescale production. Cambridge, Mass., Productivity
Press, 1988.
[12] Rother M, Shook J: Learning to see: Value stream
mapping to create value and eliminate muda; a lean
tool kit method and workbook; version 1.2. 1999th
ed. Brookline, Mass., The Lean Enterprise Institute,
1999.
[13] Erlach K: Wertstromdesign: Der Weg zur schlanken
Fabrik. 1st ed. Berlin, Springer, 2007.
[14] Klevers T: Wertstrom-Mapping und WertstromDesign: Verschwendung erkennen - Wertschöpfung
steigern. 1st ed. München, Mi-Wirtschaftsbuch,
2009.
[15] Forno, Ana Julia Dal, Pereira FA, Forcellini FA, et
al.: Value Stream Mapping: a study about the
problems and challenges found in the literature from
the past 15 years about application of Lean tools. Int
J Adv Manuf Technol 2014;72(5-8):779–790.
[16] Serrano Lasa I, Ochoa Laburu C, de Castro Vila,
Rodolfo: An evaluation of the value stream mapping
tool.
Business
Process
Mgmt
Journal
2008;14(1):39–52.
[17] Tyagi S, Choudhary A, Cai X, et al.: Value stream
mapping to reduce the lead-time of a product
development process. International Journal of
Production Economics 2015;160:202–212.
[18] Haefner B, Kraemer A, Stauss T, et al.: Quality
Value
Stream
Mapping.
Procedia
CIRP
2014;17:254–259.
[19] Crowe TJ, Cheng C: Using quality function
deployment in manufacturing strategic planning. Int
Jrnl of Op & Prod Mnagemnt 1996;16(4):35–48.
[20] Ni M, Xu X, Deng S: Extended QFD and datamining-based methods for supplier selection in mass
customization. International Journal of Computer
Integrated Manufacturing 2007;20(2-3):280–291.
[21] Bhattacharya A, Geraghty J, Young P: Supplier
selection paradigm: An integrated hierarchical QFD
methodology under multiple-criteria environment.
Applied Soft Computing 2010;10(4):1013–1027.
[22] Ahmed S, Haque M: SCM DESIGN FOR WATER
DISTRIBUTION WITH QFD APPROACH. Issues
in Information Systems 2007.
[23] Zhang S, Dong Y, Pei B, et al.: Research on the
Optimization Method of Logistics Service Capacity
Based on Dynamic QFD. In 2008 International
Conference on Intelligent Computation Technology
and Automation (ICICTA), pp 664–668.
[24] Prasad, D. K. G., Subbaiah VK, Rao NK: Supply
chain design through QFD-based optimization. Jnl
of Manu Tech Mnagmnt 2014;25(5):712–733.
[25] Atkinson R: Project management: cost, time and
quality, two best guesses and a phenomenon, its time

to accept other success criteria. International Journal
of Project Management 1999;17(6):337–342.
[26] Rohac T, Januska M: Value Stream Mapping
Demonstration on Real Case Study. Procedia
Engineering 2015;100:520–529.

WCTE 2016 e-book | 813

Appendix I: Value Stream Mapping example

WCTE 2016 e-book | 814

Appendix II:

WCTE 2016 e-book | 815

BIOECONOMY CLUSTER: resource efficient creation of value from beech wood to
bio-based building materials
Veronika Auer1, Matthias Zscheile1, Benjamin Engler1, Peer Haller2, Jens
Hartig2, Jörg Wehsener2, Kai Husmann3, Jörn Erler4, Volker Thole5, Tino
Schulz6, Elfi Hesse7, Norbert Rüther8, Alexandra Himsel5
ABSTRACT: With a total stocking volume of about 635 million m3, beech (Fagus sylvatica) is the most abundant
hardwood tree species in Germany, and in parts of Europe. Nevertheless, the material utilisation of beech wood, e.g. for
use as a building material, still has a long way to go. Examples can be seen in an inadequate harvesting technology and
thus time-consuming forest operations, an insufficient durability, a challenging processing and a lack of weather
resistance. The BIOECONOMY CLUSTER that combines cutting-edge applied research in interdisciplinary teams and
innovative industrial companies has recently taken up these challenges. In several research projects, namely PLAN C,
HIPHAR, LVL, BEECH TIMBER CONCRETE, LIGHTWEIGHT CONCRETE, DURAPRESSTIMBER, BEECHPOLE and STOPLAFO,
applicable improvements within the supply and the material use of beech wood are investigated. From the forest
resource and the conversion process to building materials, base chemicals, plastics and new materials.
KEYWORDS: material use of beech wood, cascade value chain, wood meets chemistry, biomass value network

1 INTRODUCTION123
BIOECONOMY means the ‘knowledge-based production
and use of renewable resources to provide products,
processes and services to all sectors of a future
sustainable economy’ [1]. To enable a long-term
sustainable BIOECONOMY, however, a linked and close
cooperation between economical areas which have not
worked together yet, is indispensable: agriculture,
forestry, chemical industry, plastic industry, wood
processing industry, construction industry, energy
industry, machinery and plant engineering [2].

2 INTEGRATED VALUE CHAINS
Working on behalf of the Federal Ministry of Education
and Research, Germany’s BIOECONOMY CLUSTER is a
value-added cluster that focuses on the supply and use of
beech wood to generate materials, chemicals, innovative
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products and finally sources of energy to create a selfsufficient combined network. The cluster aims to
maximize the value of beech wood by a joint and
cascade processing of the resource under sustainable
criteria. The participating branches provide not-needed
resources and by-products as raw materials in other
sectors for an additional material utilisation. The use of
wood biomass within a bio-based industry shows great
potential to reduce dependency from fossil resources
without jeopardizing the food production. One crucial
factor within a sustainable BIOECONOMY is a reliable
supply of raw materials: a consistent biomass quality,
season-independent availability and efficient logistics of
the raw material [1]. Additionally, the variety in material
sources and raw material properties influences the
processing and conversion of timber. In particular, beech
wood proves to be very difficult in the utilisation as a
building material, e.g. due to low durability. Subsequent
projects, major research activities, challenges and first
project outcomes are reported to demonstrate the state of
the art in value generation from the beech wood
resources by efficient and innovative material uses.

3 FOREST RESOURCE BEECH WOOD
3.1 RAW MATERIAL AVAILABILITY
Forest ecosystems are characterised by very long
production periods. Following the definition by Speidel
(1972) [3], sustainable forest management means the
ability of a forest ecosystem to produce wood and further
ecosystem benefits continuously and optimally for the
recent and future generations. That is why managers of
forest ecosystems are often unable to react
spontaneously to market requests. Thus a continuous and
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season-independent raw material supply in the
BIOECONOMY CLUSTER greatly depends on accurate and
long-term planning. To optimise the integrated value
chain, thereby ensuring the raw material supply of the
BIOECONOMY CLUSTER, practical knowledge and
experience, starting in the forest stand, is indispensable.
This planning procedure should not only involve the
knowledge of the available raw wood potential, but also
the anticipated wood utilisation by the market
participants. The University of Rosenheim and the
Northwest German Forest Research Institute are
developing a method that combines forestry with
logistical knowledge. The aim of the collaborative
project VP 1.6 PLAN C is to develop a method that
enables an optimised raw material supply.

of beech stands in Germany is 15 %. The total area of
broadleaved species in the supply region adds up to
853,000 ha. Further analyses of the study region’s forest
area revealed that the age-class distribution of
broadleaved trees is very homogeneous. The forest area,
divided into age classes, appeared to be almost
uniformly distributed over the silviculturally relevant age
range from 40 to 180 years. A sufficient area of juvenile
beech forest stands under 40 years is also observable.
These homogeneous structures are found in the entire
supply region without regional clustering.
The displayed utilisation (Figure 2) contains the total
wood utilisation, including timber utilisation by the
wood processing industry, as well as wood utilisation by
smaller companies, exports, and utilisation by private
users. While wood increment exceeds the utilisation up
to a stand age of 120 years, utilisation prevails
remarkably after 140 years to provide living space for
the next generation of trees.

Figure 1: Distribution of tree species in the supply region.
DLL = deciduous tree species with a long life expectancy, DSL
= deciduous tree species with a short life expectancy.

For this purpose, a comprehensive raw wood supply
region was defined. Comprising of Southern Lower
Saxony, Western Saxony-Anhalt, North Thuringia,
Northern Hesse and Western North Rhine-Westphalia,
the supply region represents the beech-dominated centre
of Germany. The potential of wooden raw material
within this supply region was calculated using the public
forthcoming database of the third National Forest
Inventory 2012 (NFI 3) [4]. These data were
advantageous since they represent a high-resolution
systematic grid of sample points all over the supply
region and consider all ownership types. All inventory
analyses were carried out with the statistical analytics
software R [5]. Furthermore, the future potential of raw
wood was simulated using the forest growth simulation
software ‘Waldplaner’ [6]. Based on the NFI data, the
raw wood potential was forecasted until 2042. The
options of forest stand treatment – which are necessary
for the parameterisation of the simulation software –
were derived from a former cluster analysis [7]. In order
to evaluate the recent production amount in the supply
region, important beech wood processing companies
were interviewed. The forest area in the supply region
amounts to 1.4 million ha with an average forest cover of
31 %. This is equal to the average forest cover in
Germany [8]. Beech is the dominating species in the
project region, resulting in a share of 33 %, respectively
450,000 ha (Figure 1). In comparison, the average share

Figure 2: Annual wood volume (growing stock) increment and
utilisation of beech trees in the supply region between 2002
and 2012 in age classes.

Taking the utilisation below the increment in younger
stands, and the utilisation above the increment in older
stands into account, the average beech wood volume
potential was 3.9 million m³/year (growing stock) in
2002-2012. Nature conservational and site-specific
limitations were also considered. In contrast, the annual
utilisation was 3.8 million m³/year (growing stock). This
results in a merchantable volume of 3.5 million m³/year
after subtracting bark and crown material. Differentiated
analysis of beech wood utilisation in the supply region
showed that 2.0 million m³/year were used by the wood
processing industry. 1.3 million m³/year, predominantly
smaller-dimensioned beech wood, were used by private
users or smaller companies. This wood volume is
supposed to be mainly used as fuelwood.
The forecasting of forest development exposed a slight
increase in the beech potential until 2042 due to the
conversion of mainly coniferous to deciduous forest
stands. The wood potential of spruce, which is recently
the second most important tree species, will thus
decrease in the same time period. The amount of all
other species except for beech and spruce is expected to
stagnate. The same applies for the age structure of the
beech stands. As there were no notable regional
differences, all analyses are representative for the entire
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supply region. Sustainable forest management is only
possible if younger age classes are utilised less than their
increment. This, however, does not imply a permanent
wood utilisation below the wood increment. To initiate a
generation change, the utilised wood volume of older
age classes has to be larger than their increment. The
observed difference between utilisation and increment in
age classes (Figure 2) emphasizes the favourable
provision of beech raw wood in the supply region. The
current raw wood supply is close to the continuously
usable potential, the raw wood mobilisation thus highly
effective. Additionally, the huge amount of beech stands
(Figure 1) as well as the homogeneous age-class area
distribution over the entire region, confirm the economic
focus on beech. To conclude, the observed region, lying
in the centre of Germany, represents a highly productive,
beech-dominated raw timber supply region with a high
mobilisation rate. Hence all industry-relevant raw timber
dimensions are continuously available.
This high growing stock, however, was almost in use by
the beech wood processing industry and private users in
the past decade. This reinforces the view of a very well
adjusted and effective forest production and supply chain
management in the region. In the future the situation will
stagnate, if recent endogenous (e.g. forest operation
parameters) and exogenous (e.g. nature conservation
policy, forest certification) circumstances do not change.
To overcome the currently strong competition between
the BIOECONOMY CLUSTER and other market
participants, research on innovative supply chains as
well as processing schemes is necessary.
3.2 HARDWOOD HARVEST AND SUPPLY
To enable an efficient resource supply, forest operations
are not only in charge of managing high productive
operations and optimising the resource output, but they
also have to balance between economic, societal, and
environmental interests. Thus efficient tools for multicriteria decision-making are required to optimise
operational planning on the one hand, and to decide on
specific forest technology to meet the given aims as well
as possible on the other hand.
In addition, two major developments can be drafted into
the area of forest operations worldwide: (A) segregation
between forest operation and nature conservation, and
(B) stronger machines.
The concept of segregating between areas of (intensive)
forest management incl. hazarding the environmental
consequences, and areas of nature conservation without
any human impact is worldwide common practice.
However, in large parts of Central Europe where the
forest area is limited and the population density is high,
an integrated forest management has been realised for
decades with an overall positive response.
Stronger forest machines implicate a higher empty
weight of the machine, which results in high ground
pressure and a high rate of soil compaction. The static
ground pressure is often reduced by increasing the area
of soil-surface contact (bride-base tire; four axles,
crawler-chains). However, in operations the full contact
area can hardly be realised, while the forest ground is
uneven with inhomogeneous micro-reliefs.

Today, existing harvesting concepts lack the applicable
forest technology for broadleaf trees, esp. for beech
(Fagus sylvatica), that prefers eutrophic and moist soils.
Thus most of the beech trees are felled and processed
motor-manually, before extraction is performed with a
wheeled skidder or a forwarder. However, motor-manual
operations in broadleaf stands are of high working risk,
esp. due to big crowns with a high percentage of dead
wood. Instead, mechanised operations are preferred for
worker safety reasons, wherever possible. Here, soil
damage arises, the work efficiency is often low, the
quality of wood processing is fairly acceptable, the
recovery rate tends to be low due to the technical
constraints of standard harvester heads, and the length
accuracy is disappointing for small log diameter [9].
The joint project VP 1.5 HIPHAR is addressing these
aspects by developing machine components that can be
integrated into a high-mechanised beech wood supply
chain (cut-to-length harvesting), aiming to promote
efficient forest management with low impact on the
environment. In particular, these are
- An optimised orientation and communication
system for forwarders based on differential GPS
- A self-levelling stanchion basket in response to an
integrated scale-system
- An innovative harvester head that is engineered for
felling and processing broadleaf trees
- A bogie-axle with a rubber band and adjustable
pressure roller under real time operations to keep a
constant soil-surface contact area.
These innovations will be implemented in a light-weight
forwarder to enable forestry to continuously supply
beech wood to the bio-based industry all year long.
While the orientation and communication system as well
as the self-levelling stanchion basket is still in the
development phase, the bogie-axle is widely ready for
field tests. These will be performed in two stages: first, a
test site on agricultural land with uniform soil
characteristics is chosen to perform intensive tests on
driving performance and load. Secondly, a beech wood
forest stand in Thuringia (Germany) is selected to verify
the results under real forest conditions.
Experiments focus on the analysis of deformations of the
rut along the track, in addition to standard soil
characteristics, e.g. moisture content, shearing strength,
penetration resistance. In contrast to traditional crosssection measurements, a 3-D model of 1.5 by 1.5 m will
be calculated based on (standard) digital photos by the
software Photo Modeller Scanner (Figure 3), initially
described by [10]. The model brings the advantage of
analysing a real volume of the rut including micro-reliefs
such as stones, roots, or tire pattern. Additionally, the
projected recording time in the field is much smaller
than for scanning a cross-section. The 3-D model will be
handled as a digital elevation model within a GIS
software to calculate soil deformations.
The results will give valuable feedback about the impact
of driving with the engineered bogie-axles on sensitive
soils under different load and driving modes. Thus,
algorithms will be calculated and programmed to adjust
the pressure roller according to the conditions to realise a
maximum soil-surface contact area.
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Figure 3: Digital rut model based on nine digital photos
(camara position), processed with the Photo Modeller Scanner
software.

The aim of the newly engineered harvester head is not
only to increase work efficiency during tree felling and
processing, but mainly to reduce cut-offs to beech wood
by a new positioning of two individual chainsaws at the
head, active de-branching devices instead of static
knives, and an adopted positioning of a five feed roller
according to the tree shape. The harvester head is still
under engineering, but single components are already in
test operations to gain information on e.g. force
realisation, or material selection.
Together these four components under development will
significantly contribute to an efficient, environmentally
friendly and safe (work safety) beech wood supply for
the bio-based industry.

4 BIO-BASED BUILDING MATERIALS
4.1 LAMINATED VENEER LUMBER
There are many challenges to face when establishing
beech-based building materials as mentioned before. A
number of species only have a low durability. These
woods with a low durability include the beech and the
materials produced from beech wood like LAMINATED
VENEER LUMBER (LVL). In addition to the low
durability, beech wood also has high hygroscopic length
changes. Because of these two properties, beech wood is
not suitable for building applications with direct water
contact or at high humidity. Therefore the product
BauBuche that has been produced at the company
Pollmeier since 2013 is limited in its applications. As it
is particularly suitable for structural applications in the
construction sector due to its very high mechanical
properties, a higher durability would be of great
advantage.
To toughen species with low durability and high
swelling, various modifications are possible. Wood can
be modified by chemical, thermal and physical processes
and process combinations can also be realised. The
results of the modification are, for example,
thermowood, acetylated or impregnated wood.
Chemical modification processes such as acetylation can
be extremely efficient, but the application substances and
the process are expensive, thermal and thermohydrolytic degradation reactions occur in thermally

modified wood, and the mechanical properties of the
wood decrease. The physical modification by
impregnation, on the other hand, requires comparatively
inexpensive raw materials and the process costs are
relatively low. Nevertheless, these modified woods are
inexpensive since relatively high polymer components
are required.
Two projects will investigate which material and process
action is necessary to reduce the mass content WPG
(Weight Percentage Gain) of polymers. In both projects,
the development of processes to produce durable beech
wood based on LVL is in the foreground. In cooperation
with the Fraunhofer-Institute UMSICHT, the
Fraunhofer-Institute for Wood Research and Pollmeier,
the first project is concerned with a process with
supercritical CO2 as a carrier substance for impregnating
phenolic polymers. In the second project, the classic
vacuum-pressure impregnation was selected as the
method. The basic studies of the vacuum-pressure
impregnation were carried out at the University of
Göttingen (Institute for Wood Biology and Technology)
and the studies on the industrial implementation at
Pollmeier in Creuzburg.
Until now, the projects have reached the following
results. In the vacuum-pressure process, the veneers with
various WPG of 15%, 30% and 60% should be
impregnated. In addition, the compression pressure
during the manufacturing of the LVL from the
impregnated veneers varied between 2 N/mm², 4 N/mm²
and 6 N/mm². As expected, the density of the LVL also
increases with increasing pressure. In the case of woodbased materials, there is a relatively strict correlation
between the bulk density and the mechanical properties,
for example, the Bending Strength. Figure 4 shows the
relationship between the WPG and the Density Bending Strength - Ratio (DBR). This ratio is calculated
using the formula

DBR =

D
K
MOR

(1)

where D = Density in kg/m³; Bending Strength in N/m²;
K = 1 (Dimension-Correction-Factor) in N m³/kg mm².

Figure 4: Correlation between the WPG of beech-based LVL
and the Density – Bending Strength – Ratio.

The ratio DBR is between about 5 and 6.5. The lowest
density of the LVL was 700 kg/m³ (pressure 2 N / mm²,
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WPG = 0) and 1300 kg/m³ (pressure 6 N/mm², WPG =
60). If the flexural strength only depends on the density,
the individual values are on a straight line parallel to the
X-axis. As recognizable, the differences for a WPG
value are actually low. In one WPG value, consequently
the bulk density is the determining factor. With
increasing WPG the bending strength only increases to a
minor extent; the largest share of the increase in strength
of the modified LVL is consequently attributable to the
bulk density. In contrast, the WPG is an essential
influential factor for the swelling. The swelling of LVL
decreased very strongly with increasing WPG.
Without modification, the swelling after one week of
storage in water is more than 10%. With selected
polymers and a WPG of 15 %, the swelling is less than
1%. At low WPG, a good cell wall impregnation is
required for a high durability. With a good cell wall
impregnation, the mass loss after 16 weeks was less than
3% in a test according to DIN EN 12038 (white rot
fungi).
In the studies for impregnating a phenol-based polymer
using CO2 as a carrier, the process development was
previously the focus. In the process development, the
impregnation pressure and the solids contents in the
polymer were varied. With CO2 as the carrier veneers
with moisture content of less than 2% is not required.
Until the fibre saturation point, the predetermined WPG
can safely be reached. In addition, the desired attachment
of the polymers in the cell walls results. This could be
detected on thin sections and colourations. The changes
in length after immersion in water are currently still to
do with the swelling, which can be achieved in a vacuum
pressure impregnation. The durability of the thus
impregnated wood also depends on the WPG and the cell
wall impregnation. The swelling of LVL is currently still
higher than after the impregnation by means of the
vacuum pressure method. The durability of the thus
impregnated LVL also depends on the WPG and the cell
wall impregnation.
To conclude, from less durable beech wood, a durable
LVL can be produced with a low polymer content. The
required depth impregnation of cell walls can be reached
selectively by the process conditions and by the chemical
properties of polymers. The compaction of the veneers in
LVL production remains intact, a spring back as
compressed but not impregnated veneers does not occur.
For impregnation, the vacuum-pressure method and the
method with CO2 as a carrier are suitable in the same
way. Ultimately, costs will determine the choice of
process. The vacuum-pressure process has cost
advantages in terms of plant technology. In the CO2
process, the advantage is that no additional water is
introduced and the carriers are reusable.
4.2 BEECH TIMBER-CONCRETE
The collaborative project BEECH TIMBER CONCRETE
aims to develop high-performance elements of beech
timber-concrete for modern timber construction. The
Fraunhofer WKI explored the technical feasibility of a
beech timber-concrete ceiling element with the
collaboration of industrial partners. This hybrid element
is composed of two parts: the first component consists of

beech wood; the other is an innovative mineral material
which is developed in the project. The idea of the project
was to develop an optimised element with designed
components ‘concrete’
- mineral material,
- shear layer and
- timber.
The optimisation was done by analytical methods and
leads to material properties which have to be fulfilled.
The mineral component should contain wooden particles
which should minimize dead loads and substitute the
steel. After that the development of those components
and combination to a load bearing element will be done.
Practical tests on the hybrid elements will lead to further
optimisations.

Figure 5: Maximum compression force versus density.

Investigations on the optimum element components
revealed that the minimization of the dead loads (by
substituting concrete with a lightweight material) leads
to marginal effects on the effectivity of the element.
Figure 5 shows the influence of the density on the
maximum compression force. To achieve high
compression strength, a high density is necessary. The
tensile and bending strength depends on the fibre
orientation and the topology of the reinforcement.
Textiles or other possibilities can do the reinforcement
but this area needs further investigation.

Figure 6: Compression (concrete) and tension stress (wood)
versus the stiffness of the mineral layer; additional strength of
wood (tension) and concrete (compression).

Figure 6 shows the influence of compression stiffness of
the mineral component on the compression (mineral
component) and tension (wood) stress. The compression
strength of the mineral component depending on the EModulus has not yet been investigated – so the
horizontal line (‘strength – concrete’ in Figure 6 is not
correct. This fact requires further research until the
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optimised element with regard to technical data is
reached. Figure 6 shows the optimum, if the crossed
lines are one upon the other.
Figure 7 points out the influence of the stiffness of the
shear layer on the bending deflection. It is obvious that a
glued shear layer results in an improvement in the load
bearing behaviour of the element.

alterations to the bulk density have a pronounced effect
on the compressive strength.

Figure 8: Maximum compressive force of the lightweight
concrete samples vs. density of the samples.

Figure 7: Deflection of the element vs. the stiffness of the shear
layer.

The use of prefabricated beech timber-concrete elements
leads to several advantages compared to wooden ceilings
and compared with concrete. The use of wooden
particles for the production of lightweight concrete is
possible and some physical properties such as thermal
conductivity are improved. Arising problems due to
hardening retardation can be handled by adding CaCl2.
Preventing loss of strength and stiffness is not possible
and the minimization of the dead loads will not lead to
significant advantages. So the project regards the use of
concrete for hybrid building elements.
4.3 LIGHTWEIGHT CONCRETE
Prefabricated concrete products contain a very high mass
with simultaneous high thermal conductivity;
optimisation of both properties would seem reasonable.
In order to realise an improvement in these properties,
the project LIGHTWEIGHT CONCRETE aims to replace the
mineral components with wood constituents.
The aim of the project should be achieved with the help
of systematic investigations into
- the optimum particle shape and size,
- the curing process regarding interaction with the
wood components,
- the practicability and manufacturing parameters
within the production process and
- the behaviour under hygrothermal and mechanical
load.
The investigations within the production process
regarding the optimal shape and size of the wood
particles show that shapes which are as globular or cubic
as possible can be processed best. With strands or even
Scrimber, very good strength properties - in particular
flexural strengths - can be achieved in the laboratory
using hand-made samples. However, the elongated shape
prevents smooth processing and leads to problems in the
production, both in the mixture and during
transportation. Figure 8 shows the influence of the bulk
density on the compressive strength. It can thereby be
clearly seen that within a specific range, minor

Figure 9: Maximum compressive force after 24 hrs vs. content
of CaCl2 per litre of mixing water.

Wood components such as sugar are known to have such
an extreme influence on the curing process (see [11] to
[13]) that measures must be taken to minimize or even
reverse this influence. Therefore, tests were carried out
- using CaCl2 to accelerate the curing process,
- using hydrophobic agents to isolate the wood
components and
- with pre-treatments to release the water-soluble
wood components from the particles.

Figure 10: Maximum compressive force after 24 hrs vs. type
of pre-treatment of the wood particles.

Whilst treatment with hydrophobic agents and dissolving
through immersion in water brought little success, the
addition of CaCl2 had a significant acceleration effect on
the curing. Figure 9 shows the influence of CaCl2 on the
early strength of the compressive strength, i.e. 24 hours
after production of the samples. Dissolving away the
wood sugar through immersion in water proved to have
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little success in the tests performed here (Figure 10).
Figure 11 shows the problem of the adhesive strength of
cement on the wood surface. On smooth surfaces, the
cement dissolves without a significant fibre layer; with
very rough surfaces, an interlocking of the cement and
the wood apparently occurs, which results in a higher
strength (Figure 12).

Figure 11: Weak point - adhesive strength between cement
(left) and corresponding wood (right); the lower images show
the wood fibres stained yellow.

elevated temperature between 80°C and 110°C to
achieve a compression set. The recovery of the
compression set after steam treatment is used to bendform the wood. In order to produce structural elements,
the densified wood is assembled in glued-laminated solid
wood boards with the densification direction in the plane
of the board. These boards can be formed to hollow
profiles like circular tubes.
An advantage of this technology is that only small
dimensions of sawn timber in the magnitude of the wall
thickness of the profile are needed, allowing bigger
branches of deciduous trees and thinning wood to also be
used, which is commonly only used for production of
cellulose or as a source of energy. Thus, wood moulding
promotes a broader use of tree biomass for structural
purposes. The wood moulding technology has already
been applied to softwood. Within the Leading-Edge
CLUSTER BIOECONOMY, the application of wood
moulding with beech is being investigated. The higher
density of beech compared to softwoods is a challenge
for the wood moulding technology since the maximum
compression set and, thus, the recovery potential is also
much lower. Moreover, the stiffness is also higher for
beech than for softwoods, which necessitates higher
forces for the densification and the forming. Hitherto, a
series of tubes with a length of 3 m, a diameter of 0.3 m
and a wall thickness of 0.02 m were successfully
produced on a pilot plant at one of the partners from
industry. These tubes have a compressive load-bearing
capacity of about 1.2 MN and are not prone to buckling,
which a respective solid rectangular profile of the same
cross sectional area would be. This loading corresponds
to a compressive stress of 60 N/mm², which is
approximately the mean compressive stress of beech.
These tubes might therefore be applied as structural
elements, e. g. as columns.

Figure 12: Weak point - adhesive strength on flat surfaces
(oval marker); rough surface with faultless adhesion (arrow).

The application of wood particles leads to an
improvement of concrete concerning the mass and the
thermal conductivity. The problems caused by the wood
components and the related delay in curing can also be
mastered through the addition of curing accelerators. The
hygric properties and the durability following several
hygrothermal load changes have not yet been
investigated, nor have the possibilities for the utilisation
of reinforcements for increasing the tensile strength.
Within the project the investigations are still continuing.
4.4 BEECH POLES FOR THE EXTERIOR USE
In the joint project VP 1.12 - BEECHPOLE, the wood
densification and moulding technology is investigated
and applied to beech for producing structural elements.
The wood-moulding technology is a novel technique for
bend-forming solid wood using plastic deformability
similar to metals [14]. Therefore, the wood has to be
densified transverse to the grain in a previous step under

Figure 13: Moulded wooden tubes; left: prototype of a lighting
pole with a diameter of 0.32 m; right: tube with a small
diameter of 0.13 m, tube with a diameter of 0.32 m in the
background.

Another application is poles for infrastructure
equipment. Figure 13 shows a prototype of a lighting
pole with a steel base and a moulded wooden tube. The
diameter of 320 mm is quite big. Smaller diameters are
especially necessary for street equipment, which are on
the other hand more difficult to produce due to the
smaller curvature while only having a relatively small
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deformability using beech. First laboratory tests proved a
producability of tubes with a diameter of 130 mm with a
wall thickness of 15 mm, cf. Figure 13.
Equipment for infrastructure has special safety
requirements in the event of vehicle impact. To
investigate the impact behaviour of the moulded wooden
tubes, crash tests were performed on a testing facility of
one of the industrial partners. The tests showed excellent
frangibility of the moulded wooden tubes. More details
about these investigations are available in [14] [15].
A challenge for exterior use is the limited durability of
European wood, especially beech. Several techniques
exist to improve the durability. Impregnation with resins
and external coatings are under investigation. Powdercoating is a novel technique for wood. First tests showed
that it is possible to apply powder-coating with enduring
adhesion.
Moreover, investigations of a combined densification
with heat-treatment to achieve durable structural
elements of beech with high load-bearing capacity are
carried out in the joint project VP 1.11 –
DURAPRESSTIMBER [16]. In terms of durability, beech is
not the first choice. The decreased mechanical properties
by thermal treatment and the improved mechanical
properties by thermo-mechanical treatment, i.e.
densification, lead to an acceptable load bearing capacity
and much more durable wood elements. Some
applications are under discussion like parquet, flooring
boards or terrace elements. In different tests, five wood
species were treated (beech, oak, ash, poplar, spruce)
using the ‘Opel-Process’ for heat treatment. The
treatment temperature was between 195°C and 240°C
combined with a partial vacuum.
In a first step, mechanical and physical properties were
investigated on axially oriented samples. Wetting and
drying cycles were performed to determine the change in
dimensional stability of densified and heat treated
samples compared to untreated references. The bending
strength and structural integrity of densified and heat
treated material was only slightly reduced compared to
untreated wood. The modulus of elasticity of densified
and heat treated material was increased, whereas the
impact bending strength was decreased compared to
untreated references for all species. Set recovery of the
densified wood was between 66 % and 85 % after five
swelling and shrinking cycles, but was reduced below
2 % by thermal modification at 230°C. Interestingly, set
recovery of English oak and ash were already reduced
below 7 % by a heat treatment temperature of 195°C.
Samples of modified wood will be also submitted to
various durability tests (destroying fungi, termites,
marine borers). In conclusion, there is a wide range of
uses for combined wood modification.
4.5 THIN FIBREBOARDS AND THICK MOLDED
PARTS
The application of alternative raw materials in the
production of wood based materials is becoming
increasingly important because of rising prices for wood
and the shortage of resources. One part of Germany´s
BIOECONOMY CLUSTER, the joint project VP 1.14
STOPLAFO focuses on the use of beech wood to gain

basic chemicals such as lignin. Therefore a pilot plant
was built at the Fraunhofer CBP in Leuna. It permits the
disintegration of beech wood and the extraction of the
lignin. Cellulose fibres are rejected as a by-product of
this process. The de-lignified fibrous reject of the socalled Organosolv Process can be used for
saccharification on the one hand. On the other hand, a
100 % material use of this fibrous reject is possible. That
is why the Institut fuer Holztechnologie Dresden and the
Homatherm GmbH are investigating the application of
the de-lignified fibrous reject as a substitute for
thermomechanical pulp (TMP) in wood based materials
such as thin fibreboards (HDF) and thick-walled
moulded parts.
The de-lignified fibrous rejects were prepared by mixing
them up with different fibres (wood fibres and bicomponent fibres) by several technologies (dry refiner,
pressurised refiner, whirlwind mill). The degree of
substitution in the fibre bulk varied from 0…100 % with
steps of 25 %. Pinus Sylvestris (PNSY) and Fagus
Sylvatica (FASY) were the wood species used for the
TMP. For the moulded parts, bi-component fibres were
added to the fibre bulk with a ratio of 15 %. Additionally, Acrodur® 950L was applied with a ratio of 13 %
on oven-dry fibres. For manufacturing HDF, PF-resin
was applied with a ratio of 10 % on oven-dry fibres.

Figure 14: Prepreg-specimens with increasing reject-content
from the bottom to the top (left) and blended fibre bulk with
75 % content and 15 % bi-component fibres (right).

Figure 15: HDF made of de-lignified fibres (DF) and TMP
bonded with PF (content of DF from left to right: 25 % / 50 % /
75 % / 100 %).

Prepregs (see Figure 14) were manufactured in a press
using high-frequency-technology to induce the required
heat. The Prepregs were subsequently formed to
4 mm HDF (860 kg/m³, Figure 15) and thick-walled
moulded parts with different densities (Figure 16). The
temperature during hot pressing was adjusted to 220 °C
for the HDF and 180 °C for the moulded parts. After a
period of conditioning, the HDF as well as the moulded
parts were tested physically. Internal bond (IB) strength,
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thickness swelling (TS), modulus of rupture (MOR) and
modulus of elasticity were the tested properties.

Figure 16: Moulding part made of DF (25 %) and TMP
(75 %).

Regarding the preparation of the reject for board
manufacturing, the appropriate method for mixing it up
with the TMP fibres is to add the reject to the wood
chips just before the refining process in the refiner unit
in the laboratory of the IHD. The bi-component fibres
can be added in the blender after the resin has been
applied. The MOR and the IB of the HDF decrease with
increasing reject content. The IB of the boards
manufactured with FASY was higher than the IB of the
boards made with PNSY (see Figure 17).

Figure 17: Internal Bond of HDF made of different fibre
blends.

The results of the previous investigation indicate that
high-density fibreboards and thick-walled moulded parts
can be produced with the reject as a substitute for TMP.
To ensure acceptable mechanical properties, the
percentage of cellulosic fibrous reject in the fibre bulk
should not exceed 50 %.

5 SUMMARY AND CONCLUSION
The BIOECONOMY CLUSTER is situated in the centre of
Germany. The region is well known for long term,
sustainably managed, mixed forests with a high
percentage of broadleaf trees. Today, beech is the
predominating (33 %) tree species, and its portion is still
on a rise due to forest conversion programs to mitigate
climate change. It was expected that most of the use of
beech wood would be much below the potential
sustainable use, however our project PLAN C stated that
beech wood is widely in use, even today. A differential
analysis of the wood consumption in the supply region
identified the wood processing industry as the number
one wood consumer, followed by the private end users
and small companies (together 40 %). The latter mainly
uses beech as fuelwood, thus the value creation of the
wood use is low. From the cluster perspective, value
chains and even value networks are to be designed not

only to maximize the value from beech wood, but also to
provide labour perspectives to a mainly rural region, and
thus, the biomass potential for innovative bio-based
products from substituting fuelwood is high.
Ensuring a sustainable, cost-efficient and year-round
beech wood supply is essential for the bio-based industry
on a highly competitive round wood market as well as
for bio-based products. Therefore, improved forest
operation concepts, harvesting technology and an
efficient supply-chain-management are essential.
However, a lack of appropriate harvesting technology for
beech wood exists today. The project HIPHAR is
developing an optimised orientation and communication
system to enable a real-time positioning of forest
machines and support an optimised work planning.
Furthermore, a self-levelling stanchion basket and a
smart bogie-axle are under development, to reduce the
impacts of driving on sensitive soils. An innovative
harvester head is being engineered to increase the
resource efficiency parallel to an increase in work
productivity.
On the product site, several innovative use alternatives
are under engineering, of which some are making good
progress. For example, a research group around
Pollmeier studies on LAMINATED VENEER LUMBER
(LVL) for a beech-based building material. The aim is to
produce a durable LVL with low polymer content from
less durable beech wood. A first proof of concept was
made and the first promising results demonstrated the
eligibility of the two investigated production processes.
For the industrial scale-up a cost-benefit-analysis still
needs to be done.
The combined use of beech wood and concrete
potentially leads to several advantages (e.g. thermal
conductivity) of the final product properties compared to
wooden or concrete ceilings. Within the cluster project
BEECH TIMBER-CONCRETE, lightweight concrete was
engineered by adding beech wood particles. The
products showed improved physical properties. By
adding CaCl2 arising problems of hardening retardation
can be managed. On the other hand, in line with the use
of beech wood, the strength and stiffness of the hybrid
elements will decrease and the minimization of the dead
loads will not lead to significant advantages. Overall, for
some specific applications the positive findings will
outweigh the negative concomitants. Within the project
LIGHTWEIGHT CONCRETE, a new building material
combining beech wood and concrete is under
engineering. By adding beech wood, physical
characteristics can be significantly improved.
Nevertheless, further research is still required for
questions about the hygric properties, the durability
following several hygrothermal load changes, and the
possibilities of increasing the tensile strength.
BEECHPOLE aims to develop poles for interior or exterior
use, e.g. lighting poles. The poles are produced with
wood moulding technology using a preliminary
densification of the solid wood. Due to an intended
exterior use, BEECHPOLE has to challenge the natural low
durability of beech wood. Different techniques for
improving the durability are currently under
investigation.
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The cluster project STOPLAFO studies alternative
pathways of using beech wood in building materials. By
using de-lignified fibrous, a by-product of the
Organosolv Process, a material use of former process
residues is potentially possible instead of an energetic
usage. The fibrous reject of the Organosolv Process can
be indirectly used as a resource material for
saccharification or a 100 % direct material use is
possible for board production. The project results
indicate that high-density fibreboards and thick-walled
moulded parts can be produced from the reject. To
ensure acceptable mechanical properties, the percentage
of cellulosic fibrous reject in the fibre bulk should not
exceed 50 % at the moment.
A common advantage of the intended building materials
developed in the projects LVL, BEECH TIMBERCONCRETE, LIGHTWEIGHT CONCRETE, BEECHPOLE and
STOPLAFO is the focus on beech assortments other than
the sawmill industry. Here, bigger branches of deciduous
trees and thinning material, which is commonly mainly
used as a source of energy, can also be processed to
generate a high value product. Beside our first promising
research results, a lot of challenges in different parts of
the beech wood value chain will still have to be
addressed. Establishing bio-based building materials in
Europe is not only challenging, but we also have a long
way to go before we get a marketable product. Our
research and innovations demonstrate a possible resource
efficient, sustainable and value creating use of beech
wood for a new generation of bio-based products. This
supports the change of industrial processes towards an
energy and resource responsible production to mitigate
climate change and preserve resources for the future.
The BIOECONOMY CLUSTER is outstanding for its
research along the entire value chain, starting from
biomass production and supply over processing and
finally product improvements to e.g. increase the
durability of the products for exterior use.
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LATHE CHECK FORMATION AND THEIR IMPACT ON EVALUATIONS
OF VENEER BASED PANEL BOND UALITY
Anti Rohumaa1, Christo h r G. Hunt2, Mar Hu h s3, Charl s R. Frihart4, Jaan K rs

ABSTRACT: During the peeling of veneer, lathe checks as deep as 70 to 80% of the veneer thickness are formed. This
study showed that during adhesive testing according to EN 314 deep lathe checks in birch ( etula pen ula Roth) veneer
significantly reduced the shear strength of phenol-formaldehyde (PF) bonded plywood, even though these checks are not
mentioned in the standard. In addition, we show that specimens tested open can fail by a different mechanism than those
pulled closed, especially when checks are deep. Lathe checks were also shown to influence bond strengths when using
the Automated Bonding Evaluation System (ABES). These findings stress the importance of measuring lathe check depth
and considering the orientations of checks during testing to get a better understanding of bond quality in veneer-based
products.

KEYWORDS: bond quality; lathe checks; plywood; shear strength; percent wood failure

1 INTRODUCTION 123
During peeling, lathe checks form on the veneer surface
curving away from the knife and move through the veneer
at an angle to the surface. The checks side of veneer has
been named the ‘loose side’ and the opposite side is the
‘tight side’ (Figure 1). Lathe check parameters, their
formation and measurement during peeling have attracted
significant research interest [1-7]. It is known that the
peeling settings are very important in obtaining high
quality veneer [8,9] and the optimum settings can vary
depending on the raw material [10].
Lathe check depth and frequency are correlated; deeper
checks tend to be less frequent than shallower checks [1214]. Compression of the log just in front of the knife
impacts the depth and frequency of lathe checks [11], and
heating logs before peeling reduces the formation of deep
lathe checks [5,15], which is beneficial since it has been
shown that shallower checks are less detrimental to veneer
strength perpendicular to grain [16].
Roughness of wood has been frequently used as a
parameter to predict adhesive bond formation and quality,
though measurement of the true topography taking part in
bonding is ambiguous and the optimum surface
topography for bonding varies also with adhesives [20].
Wood surfaces that are too rough sometimes prevent
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intimate contact between the adhesive and with wood
surface [17]. There is no clear limit for surface roughness,
but according to Sellers [10], cited in [22], the maximum
roughness depth for acceptable veneer bonding is about
0.5 mm. Traditional surface roughness measurement
techniques might not adequately characterize the surface
roughness of wood material relevant to bonding, because
of a weak boundary layer [23], which is a result of wood
processing and which can limit adhesive bond formation
with intact wood. In this study we were interested in the
weak boundary layer created by deep lathe checks or
surface fractures, which prevent the surface from being
well anchored to the bulk veneer.
Wood processing parameters play an important role in the
surface roughness and other parameters that ultimately
impact bond performance [17]. Some studies have
demonstrated that heating logs by soaking in hot water
before peeling will decrease surface roughness [18,21],
while at least one shows the reverse [19]. In general, the
effects of log soaking prior to peeling have received little
attention.
Generally, the quality of an adhesive bond in plywood is
evaluated by testing saw kerfed specimens in tensile
shear. In the European Standard EN 314 “Plywood
Bonding Quality” percentage wood failure (PWF) and
shear strength are used in assessing adhesive bond
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performance, but the orientation and depth of lathe checks
are not taken into the account.
According to the standard, if the product failure occurs in
the wood, it most likely will be accepted. Unfortunately,
PWF is commonly evaluated by visual observation and
the results are highly evaluator dependent, as it is very
hard to determine whether the bond failed at the adhesivewood interface or slightly below the wood surface.

2 MATERIALS AND METHODS
2.1 VENEER FOR PLYWOOD PREPARATION
Fresh birch ( etula pen ula Roth) logs were soaked in
water at 20°C prior to rotary peeling on an industrial size
lathe (Model 3HV66, Raute Oyj, Finland). The target
thickness of the veneer was 2 mm and the average lathe
check depth was 50%. After peeling, the veneers were
dried at 160°C in a laboratory scale veneer drier and
conditioned at 20°C and 65% RH. Finally, the veneer
sheets were sanded (180 grit) on both sides to achieve 1.4
mm thickness. With sanding, three groups of veneer were
formed with lathe checks depth nominally 25, 50, and
75% of veneer thickness (Figure 2).

Figure 2: chematic representation o the three eneer groups
to control check epth ha e area is the inal eneer a ter
san ing a apte rom Rohumaa et al

In this way, individual veneer sheets with actual lathe
check depth ranging from approximately 30 to 90% of the
veneer thickness were produced. This approach was first
used by Rohumaa et al. [28].

Figure 1: eneer peeling an lathe checks ormation

The strength values obtained with the EN 314 test differ
depending on whether the checks are pulled open or
closed. Testing plywood with the checks closed results in
higher shear strength than when checks are pulled open,
however, the magnitude of the strength difference varies
from 14 up to 94% [24-27]. The variation in strength
might be due to check depth, but in most published
reports, the depth of checks is not presented.
There is no robust understanding of how the depth of
checks affects the bonding quality of plywood. Also, there
is a lack of consensus as to the role that both the PWF and
the shear strength values play in determining bond
quality. A better understanding of the effect of peeling
parameters on the veneer surface and the resulting bond
properties is needed for the development of more durable
wood-based materials.
This paper summarizes some findings of a multi-year
study of the complex process of plywood bonding. The
effect of lathe check depth and check orientation on
failure stress and PWF according to EN 314 was
evaluated. In this paper we also report the impact of log
soaking temperature on surface quality. In the regime of
relatively smooth veneers, we found lathe checks, and the
weak boundary layer they generate, to be a critical factor
in understanding adhesive bond strength.

2.2 VENEER FOR SURFACE INTEGRITY
MEASUREMENTS
Veneers for use in surface integrity testing were peeled
with thickness 0.8 mm, at two different temperatures.
Bolts from the same tree were cut to a nominal length of
1.2 m and completely immersed in water tanks heated to
either 20ºC or 70ºC. Then the logs were rotary peeled on
an industrial scale lathe (Figure 3) manufactured by the
Raute Corporation (Model 3HV66; Raute Oyj, Finland).
All other peeling conditions were kept constant.

Figure 3: n ustrial scale lathe use in present stu y
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The veneers were dried at 160ºC in a laboratory scale
veneer dryer (Figure 4) (Raute Oyj, Finland). Prior to
testing, the veneers were conditioned to constant mass at
20ºC and 65% RH.

After adhesive application, the veneer-resin assembly was
placed in the ABES equipment (Adhesive Evaluation
Systems, Inc., Corvallis, Oregon, USA) and hot pressing
started almost immediately (Figure 5). The assembly time
for specimens was approx. 5 s.
2.4 EVALATION AND TESTING

Figure 4: a oratory scale eneer ryer use in present stu y

2.4.1 Lath h
d th
All specimens used in lathe check depth measurements
were treated with the textile dye “Tulip red” (Dylon, UK)
to make the checks visible under an optical microscope.
The checked side (loose side) of the veneer sample was
exposed to the dye and then conditioned at 20⁰C and 65%
RH for 12 h. The veneer specimens were cut across the
grain direction to reveal the checks in the transverse
direction. The depth of all checks in specimens were
measured (Figure 6) and the average check depth
percentage (%) was calculated for each group, using a
stereo microscope (Wild MZ8, Leica, Wetzlar, Germany)
and National Instruments, Vision Assistant 7.1 image
processing software.

2.3 BONDING PROCESS
Adh si : A liquid phenol-formaldehyde (PF) resin
(Prefere 14J021, Dynea Chemicals Oy, Hamina, Finland)
with 49% solids content was used throughout this work.
Ply ood manu a turin : 7-ply plywood was produced
in a laboratory hot press. The approximate spread rate of
the adhesive on each layer of the veneer was 155 g m -2.
After lay-up, the panels were pre-pressed for 8 min at 0.8
MPa prior to hot pressing. The hot press time was 7 min,
the platen temperature 128°C, and press pressure 1.8
MPa. In total, 18 panels were produced. Following hot
pressing, the panels were conditioned at 20°C and 65%
RH for one week prior to machining the specimens. The
specimens were produced according to SFS-EN 314-1
[29].
ABES: Matched veneer specimens with dimensions 20 x
117 mm2, were cut from conditioned veneer sheets. Resin
was applied by a micropipette (HandyStep electronic,
BRAND GMBH + CO KG, Wertheim, Germany) to an
area of 5 x 20 mm2 at one end of the veneer specimens to
give a resin spread rate of ~100 g m-2.

Figure 5: on preparation an testing ith

Figure 6:

easurement o lathe checks

Plywood specimens were treated with the same dye on
one edge of test specimen (SFS-EN 314) so as to make the
checks visible under the microscope. To reveal the
checks, a slice approx. 0.5 mm thick was removed from
the coloured edge by sawing. The depths of all checks
occurring between the saw kerfs were measured and the
average check depth (% of veneer thickness) was
calculated for each specimen.
2.4.2 Ply ood ond str n th
Plywood bond quality was evaluated using the standards
SFS-EN 314-1 [29] and SFS-EN 314-2 [30]. Half of the
specimens were tested according to SFS-EN 314-1 [29]
class 1 and the other half of the specimens were tested
without pre-treatment in water. Additionally, shear
strength was measured both with the checks pulled open
(Figure 7a) and pulled closed (Figure 7b).

Figure 7: isualisation o lathe check irection in ply oo
testing a i le ply ith lathe checks pulle open
i le
ply ith lathe checks pulle close
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In this manner, the following four test groups were
prepared: a) water soaked samples with open checks, b)
water soaked samples with closed checks, c) dry samples
with open checks and d) dry samples with closed checks.
Bond quality testing was performed on a Zwick universal
tester (type 147570, Zwick Roell, Ulm, Germany). PWF
was determined automatically by means of a CCD camera
and image processing software.
2.4.3 Automat d ondin
aluation syst m ABES
ABES shear strength was measured after 120 s pressing
times. The platen temperature was 130°C and press
pressure was 2.0 MPa. The bonds were tested
immediately after pressing and were not cooled prior to
strength testing. At least 7 bonded specimens were tested
for each group and pressing time.
2.4.4 V n r sur a int rity
A standardised test method does not exist for veneer
surface integrity measurements, but Rohumaa et al. [31]
developed a procedure to evaluate integrity of the veneer
surface. Veneer surface integrity was tested with a
Huygen internal bond tester (model 1314, Huygen
Corporation, Wauconda, IL USA) by first attaching
double-sided tape (P-02, Nitto Denko Corporation,
Osaka, Japan) to the veneer surface with constant pressure
and then using the same device to separate the tape from
the veneer surface. This internal bond tester is generally
used to produce a high speed Z-direction rupture in paper
and paperboard. In this study, the test veneer was fixed
between a stainless steel sample base and an aluminium
angle using the double-sided tape by applying a constant
pressure of 0.12 MPa for 5 s. After pressing, a pendulum
is released and strikes the vertical leg of the aluminium
angle. The impact separates the tape from the veneer
(Figure 8) allowing an observation of the attached wood
particles on the tape surface, with area 25.4 x 25.4 mm2.
The veneer surface destined to be visualized was
previously dyed with a 1% solution of the fluorescent dye
acridine orange.

Figure 8:
ample preparation or integrity testing an
separation o tape rom the eneer sur ace a apte rom
Rohumaa et al

After tape removal, fluorescence images of the particles
adhering to the tape (quantity and size) were obtained
using a Leica DMLAM (Leica Microsystems GmbH,
Wetzlar, Germany) microscope modified by installing a
TV zoom lens and removing the objective. The specimens
were illuminated with a blue LED (wavelength 470 nm)
and the fluorescent emission passed through a Leica L4
filter set. A Leica DC300 colour digital camera captured
the images and processing was done in the Leica
Application Suite software. Because of the acridine
orange stain, wood showed up as bright particles,
allowing the number and size of particles to be calculated
in each 6 x 6 mm2 image based on bright pixels, using
MATLAB 2013b software. To improve consistency of
results, only earlywood regions were included in the
analysis presented here.
2.4. Mi ros o y and mi rot nsil t stin
Small plywood shear specimens with dimensions of 80
mm length × 9 mm depth × 3 mm width were prepared
and tested in tension in a bespoke microtensile tester
operated under a Leica Wild MZ8 dissecting microscope,
which is suitable for the visualization of the failure
mechanism during testing.

3 RESULTS AND DISCUSSION
3.1 LATHE CHECK DEPTH AND PLYWOOD
BONDING UALITY
Lathe check depth was found to have a strong influence
on the measured shear strength when the checks were
pulled open, since the shear strength dropped by approx.
40% when the check depth increased from 40 to 80%
(Figure 9). On the other hand, when the checks were
pulled closed, limited strength loss was noted over the
same interval. The results also show that soaking of test
specimens prior testing, required in standard testing,
universally lowered shear strength values.
As shown in Figure 9, the strength difference observed in
the different pulling modes is mainly affected by the depth
of the checks. The shallower the checks, the smaller the
difference between the open and closed pulling modes.
This is also in agreement with previously presented results
by Korpijaakko [14] and Marra [17], where the shallower
checks are less detrimental to the strength properties of
plywood.

Figure 9: hear strength alues o ply oo teste un er ry
an et con itions, ith checks pulle open or close
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These results also explain the differences in open and
closed strength values presented by other authors [13, 2426] who did not measure the depth of checks in their
studies.

would allow an easier movement and thus provide a
mechanism explaining the lower failure load. This
hypothesized mechanism would also support the
observations of Korpijaakko [14], namely that a few deep
checks are more detrimental to bond strength than many
shallow checks.
This mechanism also explains why shallow lathe checks
pulled open (Figure 12a) approach the value of specimens
pulled closed in Figure 9. Shallower checks are less
effective at instigating mode I failures (Figure 12a), and
therefore specimens with shallow checks pulled open
behave very much like specimens pulled closed (Figure
12b).
a

Figure 10: ect o lathe checks epth on
e aluate y
automate image analysis or checks pulle open an close
un er et an ry con itions

The PWF results show that there is no correlation between
the PWF and lathe check depth tested wet or dry, when
bonds are pulled in the same direction (Figure 10). Similar
results were obtained also by DeVallance et al. [26],
where they did not observe any statistical differences
between wet and dry bonds in terms of PWF.
However, there are statistical differences in PWF between
the open and closed specimens, which explains the
contradictory results reported in the literature [25-27].
The extreme scattering of PWF was also confirmed.
3.2 PLYWOOD FAILURE MECHANISMS
The plywood failure mechanisms were observed under a
microscope during testing. In Figure 11a it can be seen
that pulling the checks open leads to a localized mode I
(opening mode) failure type resulting in the middle ply
“rolling” off from the bondline. This would suggest that
larger checks would allow an easier movement and thus
provide a mechanism explaining the lower failure load.
a

b

Figure 11: eep lathe checks a ly oo ailure hen teste
open
ly oo ailure hen teste close
he loose si es
o the teste eneers are at the ottom

As indicated in Figure 11b, specimens that are pulled
closed fail primarily due to global in-plane shear (mode
II), resulting from the propagation of fracture within the
bulk veneer itself. Therefore, the observations that
strength is almost independent of check depth (Figure 9)
when the checks are pulled closed is understandable. This
difference in failure mode also suggests that larger checks

b

Figure 12: hallo lathe checks a ly oo ailure hen
teste open
ly oo ailure hen teste close
he loose
si es o the teste eneers are at the ottom

In light of these observations of failure mechanism, the
large scatter in the published data and some apparently
contradictory findings are not surprising. Our findings not
only confirm the importance of minimizing the depth of
lathe checks for product quality, but also demonstrate how
check depth could influence a standard bonding quality
test (SFS-EN 314), which was designed mainly for testing
adhesive properties and evaluating adhesive cure. As
demonstrated, the lathe check depth has a very large
impact on the results of tests carried out according to EN
314.
3.3 LATHE CHECKS AND ABES
Traditional standard bond quality tests on plywood
specimens such as SFS-EN-314 are time consuming and
require a lot of test material. Less labour and material is
needed for the Automated Bonding Evaluation System
(ABES), where the adhesive is cured under controlled
conditions in an integrated miniature hot-press, while the
lap-shear bond strength is measured within the same unit
after pressing [32]. The advantages of the ABES are that
small and smooth veneer specimens are tested with a
small overlap area and in a parallel-ply assembly where
the effect of lathe checks could be minimized. Previously,
ABES was used successfully in studies on the
development of the adhesive bond for modelling the hotpressing process of panel products [33,34], in the
optimisation of resin formulations [35], and in estimating
the impact of veneer processing and material properties
on bond strength [36]. However, the effect of lathe checks
on bond strength development in ABES have not been
reported previously.
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Figure 14: he e ect o soaking temperature on sur ace
uality measure y luorescence microscopy og soake at a
C,
C
Figure 13: ect o lathe check epth on on strength
e aluate ith
rror ars represent a stan ar
e iation

Figure 13 shows the impact of lathe check depth on ABES
strength values, using the loose side of the same veneers
described in Figure 2. We found that the bond strength
values obtained with ABES dropped remarkably when the
check depth exceeded 50%, though the errors are quite
large. This data suggests that lathe checks may have an
influence during ABES testing, as well as in plywood
shear tests. Note that the surfaces of these veneers were
all identically sanded, so that surface properties other than
check depth were identical.
A reason for lower bond strength with deeper lathe checks
is shown in the inset images of Figure 13, where fibre
pull-out is visible in samples with deeper lathe checks. It
appears that even in ABES testing, deep lathe checks form
the locus of failure if the check depth exceeds a critical
value and adhesive does not penetrate into the checks.
Thus, deep lathe checks not only decrease the bonding
strength of plywood, but may also affect the results
obtained with ABES if not controlled.
3.4 INTEGRITY OF VENEER
Traditionally surface roughness measurements have been
conducted to evaluate surface bondability. However,
surface roughness measurement techniques like stylus
often largely miss lathe checks, in part because checks
curve underneath the veneer surface. The checks are in
essence creating a weak boundary layer of loosely
attached particles on the surface. To evaluate the role of
these loosely attached particles on bond quality an
integrity test was developed by Rohumaa et al. [31].
Results of the integrity test show that the impact of deep
lathe checks appears to be on the ability of the tape to
remove large bundles of fibres from the surface [28]. The
tape pulled off of the veneer peeled at 20°C with deeper
checks (Figure 14a, check depth 23.7%) contains much
larger wood particles than veneer surfaces peeled at 70°C
with shallower checks (Figure 14b, check depth 16.0%).
Because they can be removed by tape, they are clearly not
well connected to the rest of the veneer substrate, and if
an adhesive fails to “heal” these checks by flowing deeply
into them, they could form the locus of failure. [28]

Figure 15: ect o eneer si e an soaking temperature on
particle si e an uantity Results rom the integrity test
loose si e an
tight si e

Figure 15 quantitatively shows the number of particles of
each size class. As previously discussed, large loose
particles 0.6 mm2 and larger were mainly present on the
loose side of veneers peeled at 20°C (Figure 15c), and to
a lesser extent the loose side of veneers peeled at 70°C.
The lack of large particles removed from the tight side
again implicates checks in their formation.
In contrast, the smallest particles (less than 0.005 mm 2)
are twice as abundant on 70°C peeled veneer compare to
20°C peeled veneer (Figure 15a), with only minor
differences between the tight and loose side. These small
particles form a “hairy” surface from the tearing of cell
walls through ductile failure during peeling. The veneer
surface peeled at 20°C seemed to have more brittle
failures and less fine particles.

4 CONCLUSIONS
Check depth and pulling direction were found to have a
strong influence on the measured shear strength of
plywood tested according to SFS-EN 314, even though
this is a test of adhesive bonding and not intended to
measure wood quality. As lathe check depth increased
from 40 to 80%, plywood shear strength decreased by ca.
40% when tested open. In contrast, check depth had
almost no effect on strength when plywood was tested
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closed. In addition, failure when testing closed involved a
predominantly mode II (shear) mechanism, whereas
testing open involved more of a mode I (cleavage) failure
type, especially with deeper checks. Shallower checks are
less effective at instigating mode I failures and therefore
specimens with shallow checks pulled open behave more
like specimens pulled closed.
The reported findings not only confirm the importance of
minimizing the depth of lathe checks for product quality,
but also demonstrate how check depth could influence a
test (SFS-EN 314) which was designed mainly for testing
adhesive properties and evaluating adhesive cure.
Deep lathe checks also seem to affect the results of ABES
testing, where they can form the locus of failure if the
check depth (with this adhesive) exceeds 50%. Because of
this, we suggest bonding only the tight sides of veneers in
ABES and/or sourcing veneers with minimal checking.
The weak boundary layer of veneers was probed with the
newly described surface integrity test. Lathe checks
resulted in large fibre bundles that were easily removed
from the wood surface, and could serve as failure
initiation sites. In addition, very small, loosely bound
particles on the veneer surface from fracture of individual
cells was quantified.
This series of studies clearly show that lathe checks can
have a dramatic impact on veneer bonding, and suggest
that controlling them could result in much lower
variability in wood bonding tests, allowing researchers to
more easily identify the other factors influencing bond
quality.
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TENSILE-SHEAR STRENGTH STUDIES ON SELF-BONDED 2-PLY
BIRCH VENEER JOINT MANUFACTURED AND TESTED BY APPLYING
AUTOMATED BONDING EVALUATION SYSTEM (ABES) HOT PRESS
Jussi Ruponen1, Samuli Kimpimäki2, Anti Rohumaa3, Kristiina Laine4,
Kristoffer Segerholm5, Magnus Wålinder6, Lauri Rautkari7, Mark Hughes8

ABSTRACT: An Automatic Bond Evaluation System (ABES) hot press was employed to manufacture a self-bonded
joint between two veneers of rotary-cut birch (Betula pendula Roth). The hot-pressing conditions were 220 °C and 5.0
MPa, with press times ranging from 180 s to 600 s with 60 s intervals. Additionally, the log-soaking temperature (20 °C
and 70 °C) and the veneer initial MC (6% and 11%) were varied to study the effect on the tensile-shear strength of the
joints. For one set, the surface properties were altered by acetone extraction. The samples were tested at 11% MC.
However, one set was partly duplicated and tested at 6% MC, to study how the testing conditions influenced the bond
strength. The maximum average tensile-shear strength was 3.3 MPa, observed after 600 s hot pressing. The studies also
included bond-line micromorphology analysis by applying SEM combined with a micromachining surface preparation
technique based on UV excimer laser ablation. It was also indicated that longer hot-pressing times, lower veneer initial
MC and a lower testing MC resulted in increased tensile-shear strength. Acetone extraction decreased the bond strength
with increased standard deviation. Finally, the highest single and average strengths were observed for veneers from higher
soaking temperature.
KEYWORDS: ABES, Birch, Laser ablation, Self-bonding, SEM, Soaking temperature, Tensile-shear strength, Veneer

1 INTRODUCTION 123
Bonding technologies count for one of the most
significant value adding processes within the wood
products industry. Very early, during prehistoric times,
wood adhesives were based, for instance, on birch bark tar
and beeswax. Later on, animal protein glues, i.e. glues
from bones and blood, egg pastes and starch from
vegetables were widely used, even industrially [1].
Modern adhesives for wood bonding derive, however,
commonly from crude oil [2]. The first synthetic phenolic
resin produced commercially, Bakelite, was invented
during the 1920s [3]. After this the role of adhesives
derived from renewable resources diminished quickly [4].
Later on, only supply problems affected the dominance of
crude oil derived adhesives, i.e. the world wars and oil
crises, when the wood-based panel industry utilised
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traditional adhesives based on renewable resources, such
as soybean, blood, and casein glues [2].
During the past two decades, there has again been
growing interest in various crude-oil free bonding
solutions, including plywood bonded without adhesive or
self-bonding of veneers [5–12]. According to the findings
of several studies [5–12], stable bonding of veneers
without the addition of adhesives is possible. However,
for adhesive-free bond formation, it is critical to reach
suitable conditions regarding, especially, temperature,
pressure, and moisture content (MC) [5–12]. In some
cases, certain additives from plant sources were, though,
applied, e.g. milled kenaf core powder or sugi powder [8–
10].
The self-bonding phenomenon of wood, or wood bonding
without the addition of adhesives or other additives, is
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thought to arise from various wood chemistry reactions
derived from, in particular, the high temperature used [13,
14]. For instance, hemicelluloses liberate acetic acid that
catalyses
carbohydrate
cleavage,
leading
to
depolymerisation of polysaccharides and eventually to the
formation of formaldehyde, furfuraldehyde and other
aldehydes [15, 16]. It has also been reported that the
dehydration of the hemicelluloses and deacetylation
coincide [17]. In addition to this, the quantity of
hemicelluloses influence the heat induced degradation
rate. It has been reported that thermal degradation and the
following wood modification alters species with a higher
proportion of hemicelluloses more greatly [17-19]. Figure
1 presents a likely self-bonding mechanism in which the
thermal degradation of hemicellulose liberates sugars that
further hydrolyse into furfurals. Moreover, after
hydrolysis it has been suggested that a condensation
reaction with lignin occurs, forming natural adhesives
[13]. To conclude, heating the hemicelluloses catalyses
the self-bonding of wood possibly due to deacetylation
that further decomposes the other wood components.
Degradation of hemicelluloses forms new extractives
which may participate in the self-bonding process, as
well.

2 MATERIALS AND METHODS
A silver birch (Betula pendula Roth) stem was sectioned
into logs nominally 1.2 m in length and soaked in water
tanks. The soaking took 48 h and the water was heated to
either 20 ºC (B) or 70 ºC (A). After soaking, the logs were
rotary cut on an industrial scale lathe (Model 3HV66;
Raute Oyj, Lahti, Finland) into veneer with a nominal
thickness of 0.8 mm. The lathe is presented in Figure 2.

Figure 2. Industrial scale lathe used in present study.

The green veneer mat was cut to sheets sized 900 x 450 x
0.8 mm3, corresponding to the longitudinal (L), tangential
(T), and radial (R) directions, respectively. These veneer
sheets were then dried at 160 ºC in a laboratory scale
veneer dryer (Raute Oyj, Lahti, Finland) to an average
final MC of 6%. The veneer dryer with a pile of veneer
sheets is presented in Figure 3.

Figure 1. Self-bonding mechanism suggested for binderless
fibreboards [13].

The objectives of this study included firstly (i) testing the
applicability of the Automatic Bond Evaluation System
(ABES) equipment [20] on the self-bonding of birch
veneers, and when successful in the manufacture of stable
bonds, test their strength properties. In more detail, the
aim was (ii) to study the influence of log-soaking
temperature, hot-pressing time, initial veneer moisture
content, and testing moisture content on the tensile-shear
strength of such bonds. Additionally, the objectives
included (iii) micromorphological examination of the
bond lines in selected veneer joints, using scanning
electron microscopy (SEM) imaging combined with
sample preparation technique based on ultraviolet (UV)
laser ablation, and (iv) studying the influence of
extraction on the bond formation and bond strength.

Figure 3. Laboratory scale veneer dryer.

After drying, the veneers were conditioned to an
equilibrium moisture content (EMC) of either 6% (D for
drier condition) or 11% (M for more moist condition) at a
relative humidity (RH) of either 35% or 65%,
respectively, to reach two EMC levels for bonding.
Finally, in total four groups of veneer samples with
specified preconditioning and therefore specified surface
characteristics (excluding the latter extracted veneers)
were formed:
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BD: logs soaked at 20 ºC, veneer with a MC of 6%;
BM: logs soaked at 20 ºC, veneer with a MC of 11%;
AD: logs soaked at 70 ºC, veneer with a MC of 6%;
AM: logs soaked at 70 ºC, veneer with a MC of 11%.
Matched specimens, of dimensions 117 x 20 x 0.8 mm3,
(in the L x T x R, respectively), were cut from the
conditioned veneer sheets with a bespoke cutter and each
assembly was placed in the ABES equipment (Adhesive
Evaluation Systems, Inc., Corvallis, Oregon, USA) [20]
that is shown in Figure 4. The veneer assembly with a
bond area of 4 x 20 mm2 (L x T) was then hot pressed,
with press times ranging from 180 to 600 s with an
interval of 60 s. The platen temperature was 220 ºC and
the press pressure 5.0 MPa. After pressing, the bonded
veneer joints were conditioned at a RH of 65% to 11%
MC, i.e. to M condition, for a minimum of three days prior
to tensile-shear strength testing. The post-bonding
conditioning arrangement had an exception, though: a
second set of bonds from veneer surface BD was
conditioned overnight before testing at an RH of 35% to
6% MC, i.e. to D condition. Therefore, altogether five
groups of self-bonded veneer joints (BDM, BMM, ADM,
AMM, and BDD) comprised the set of samples that was
used to study the tensile-shear strength as a function of
time for veneer joints with varying surface properties.
Altogether five specimens, i.e. bonded veneer joints, were
tested for each data point formed by a pre-conditioning
type and a hot-pressing time. A few exceptions occurred
though, as some bonding problems were faced and only
three replicates were available in certain cases. The
attained maximum force value (F) was then transformed
to tensile-shear strength (σ) using the Equation (1) below,
and knowing that the cross-section of the bond line (A)
was 80 mm2:

 =

F
A

high reproducibility for this micromorphological
examination, the two jointed veneers, were ablated
perpendicular to the fibre direction to attain samples with
a cross-section of circa 20 x 1.2 mm2 (T x R, respectively)
from the bonded region using a ultraviolet (UV) laser
ablation technique. A PM-886 pulsing UV (KrF) exciplex
laser (GSI Lumonics; Northville, MI, USA) with a
wavelength of 248 nm was applied. A gas blend of 0.07%
fluorine, 1.3% krypton, and 98% neon was used. The
pulse energy was 300 mJ, at 30 to 35 kV, with a pulse
repetition frequency of 5 Hz. See Wålinder et al. [21] and
Laine et al. [22] for more details. A laser ablated specimen
mounted on a stage is presented in Figure 5.

(1)

Figure 5. Laser ablated SEM sample (wood sample
dimensions: 4 x 20 x 1.2 mm3, L x T x R, respectively) mounted
on a stage.

Figure 4: Automated Bonding Evaluation System (ABES)
equipment. A: heated press plates; B: veneer grips (veneer
dimensions (230 x 20 x 0.8 mm3, L x T x R, respectively).

Some selected jointed veneer samples from class BMM,
with a hot-pressing time of 540 s, were further analysed
using SEM imaging to examine the microstructure of the
bonded region and interphase. To obtain samples with

After sample preparation, the micromorphology of the
samples was analysed in a table top SEM (Hitachi TM1000), with standardised settings (15 kV), see Laine et al.
[22] for more details. The cross-cut section perpendicular
to the bond line was used for capturing the images from
the interphase. For imaging, the range covered the whole
thickness of the bonded joint, circa 1 mm with minor
magnification (100 ×, 200 ×) and 200…400 µm with
greater magnification (500 ×, 1000 ×), always centred on
the bond line. The table top SEM as well as the controlling
unit (desktop computer) are presented in Figure 6.
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Figure 6. The SEM equipment and desktop computer viewing a
sample.

This so-called micromachining sample preparation
technique avoids artefacts (e.g. unintentionally
mechanically created micro cracks in the wood tissue)
which may occur when applying conventional razor blade
or microtome sample preparation methods (also normally
involving a swelling-shrinkage induced stresses due to the
need for a moisture soaking pre-conditioning step).
Finally, a comparison study was completed to study the
influence of acetone extraction on the self-bonding ability
of rotary-cut birch veneer. BDD veneer was cut into
aforementioned size 117 x 20 mm2 for two separate sets
of 20 specimens, to attain ten joints, where one set was
hot pressed normally with ABES equipment whilst the
other set was first acetone extracted in a Soxhlet apparatus
and then conditioned at a RH of 35% and at 25 °C for 72
hours. The acetone was produced by VWR Chemicals.
According to Yang et al. [23], acetone extracts certain
carbohydrates but especially extractives, such as
lipophilic compounds e.g. terpenoids and fats and
hydrophilic compounds e.g. phenolic substances.
The boiling flask contained 300 ml of acetone and five
anti-bumping granules. In the Soxhlet apparatus,
presented in Figure 7, the solvent circulated first as vapour
passing by the veneers and then, having condensed,
passed through them. The circulation was conducted for
six hours. To conclude, the surface properties and
therefore the self-bonding ability of BDD veneer were
varied by solvent extraction and studied with a hotpressing time of 540 s.

Figure 7. Soxhlet extraction process, where the solvent
vapour passes externally the sample and the cooled
solvent then passes through the sample. [24]

3 RESULTS AND DISCUSSION
According to the experimental studies, the ABES
equipment was well suited to the self-bonding of such
rotary-cut birch veneers, which are prepared and
conditioned as described in the materials and methods
section. In addition to this, the tensile-shear strength
testing was executed effectively and easily in a
standardised way with the device.
Generally, the tensile-shear strength yielded an increasing
average value as the hot-pressing time increased, within
all the five groups of self-bonded veneers tested. Certain
exceptions appeared, though, denoted by the zig-zag
behaviour shown in Figure 8, for instance, within AMM
plot where two drops were observed from 300 s to 360 s
and from 420 s to 480 s. However, this fluctuation is most
likely included within the error margin as the relative
standard deviation was in the aforementioned cases
ranging from 22% to 29%.
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Table 1. Average tensile-shear strength (MPa) of self-bonded
veneer joints (bolded text), with proportional standard
deviation in brackets (%) and n in square brackets [-]. B and A
signify soaking temperatures 20 ºC and 70 ºC, respectively,
whereas D and M signify MCs 6% and 11%, respectively. The
former D/M expresses the hot-pressing MC whereas the latter
D/M expresses the testing MC.

Pressing
time (s)

Figure 8: Tensile-shear strength as a function of hot-pressing
time. B and A signify soaking temperatures 20 ºC and 70 ºC,
respectively, whereas D and M signify MCs 6% and 11%,
respectively. The former D/M expresses the hot-pressing MC
whereas the latter D/M expresses the testing MC.

The greatest tensile-shear strength observed was 3.75
MPa (AMM), whilst the greatest average tensile-shear
strength was 3.31 MPa (ADM), with 8% proportional
standard deviation. Therefore, both the highest values
were observed for A log-soaking temperature (70 °C) and
at M testing conditions (11% MC) after 600 s hot pressing.
However, the general overview of the results express that
the log-soaking temperature B (20 °C) yielded, to a minor
extent, greater average tensile-shear strength values, and
more interestingly, with a smaller proportional standard
deviation. The results are presented in more detailed in
Table 1. Rohumaa et al. [25] reported that conventional
phenol formaldehyde (PF) adhesive-bonded birch veneers
may yield an average tensile-shear strength of 5.3 to 6.1
MPa. The tensile-shear strength of the self-bonded veneer
joints (type ADM 600), reached a range of 54…62% of
the capacity of those PF-bonded veneers [25]. Regarding
the influence of the varied surface characteristics, the
results indicate that a higher initial moisture content leads
to a weaker bond line. Only one set of samples was tested
in drier conditions (BDD), which indicated higher
strength values than that of BDM. The differences are
relatively minor, though.

BMM

BDM

180

0.59
(-)
[1]

1.68
(20%)
[5]

240

1.50
(7%)
[5]

1.96
(7%)
[6]

300

1.53
(15%)
[5]

360

AMM

ADM

BDD

1.49
(36%)
[5]

1.91
(30%)
[5]

1.14
(59%)
[5]

1.81
(16%)
[5]

2.29
(5%)
[5]

1.98
(10%)
[5]

2.01
(29%)
[4]

1.83
(22%)
[5]

2.35
(8%)
[5]

1.63
(17%)
[5]

2.16
(7%)
[5]

1.68
(23%)
[5]

2.25
(12%)
[5]

2.23
(17%)
[5]

420

2.00
(14%)
[5]

2.50
(4%)
[5]

2.06
(22%)
[5]

2.14
(7%)
[5]

2.71
(6%)
[3]

480

2.33
(9%)
[5]

2.40
(5%)
[5]

1.86
(27%)
[5]

2.48
(11%)
[5]

540

2.25
(11%)
[5]

2.58
(13%)
[5]

2.95
(26%)
[3]

2.45
(12%)
[5]

600

2.33
(6%)
[5]

2.59
(7%)
[5]

3.31
(8%)
[5]

SEM imaging of the bond-line morphology was carried
out on sample BMM 540 s, i.e. a sample from a set with
an average tensile-shear strength of 2.2 MPa (11%). The
SEM images show, in many cases, clearly the bond line
and its ‘curvy’ shape. As shown in Figure 9, in some parts
of the interphase the cell structure is compressed greatly
whereas in some other parts the cell structure and even a
vessel seems to be nearly undeformed. Such behaviour
may be explained by the close proximity of rays that have
supported the structure. On the other hand it seems that
the rays penetrate into the adjacent veneer more deeply
than the tracheids, which is seen in Figure 10 and Figure
11. This may mostly derive from the press pressure, but
also from the press heat that makes the wood material
more easily deformable.
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Figure 9. Micrograph showing a bond line oriented vertically
(arrows), and slightly curvy (arrows pointing).

Figure 11. Micrograph showing where the rays have
penetrated deeper into the adjacent veneer (arrows pointing)
than the tracheids.

As the bonding process ran with a pressure of 5 MPa, the
compressive forces were great. This lead to the
aforementioned compression of the cell structure as well
as to penetration effect of the rays. In addition to this, the
rays have buckled to some extent throughout the crosssection. This can clearly be seen in Figure 12, where the
cell structure has not collapsed along the compressive
forces, instead the structure appears to have slid, forcing
the rays into an S shape visibly deviating from the
horizontal shape. A partly similar deformation pattern
could be seen in Figure 13, where the upmost ray on the
left in the micrograph has buckled above the vessel by
compressive forces originated from the adjacent veneer.

Figure 10. Micrograph showing how the rays have penetrated
deeper into the adjacent veneer than the tracheids. The black
line represents the bond line.

Figure 12. Micrograph presenting the bond line vertically and
a little left from the centre line. The image shows how the rays
have buckled under compression and therefore slid.
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Figure 13. Micrograph showing the head of a sample. The
bond line is vertical and a little left from the centre line. The
arrow shows where the bond line starts. A little below that
point the upmost ray on the left has buckled under the
compression.

Table 2 presents the results of the effects of the extraction
procedure. As can be seen, the reference bond strength for
the unextracted samples was on average 3.4 MPa, which
was greater than the maximum average strength presented
in Table 1. However, in that part of the study this BDD
veneer was not studied with such a long hot-pressing time,
540 s, but in maximum 420 s only. This result suggests
that within these veneer surface properties (BDD) there is
more bond strength potential regarding the self-bonding
phenomenon than within the other veneer surfaces studied
in this work. The acetone extraction led to a stable but
weaker bond line than that of the non-extracted veneers.
The decrease in tensile-shear strength was 16%. Even
greater change occurred in the standard deviation and
especially in the proportional standard deviation from 5%
to 17%.
Table 2. Tensile-shear strength results from the comparative
study of extracted and non-extracted BDD veneer with a hotpressing time of 540 s.

Average (MPa)
St. dev. (MPa)
Proportional st. dev.

Unextracted
veneers
3.39
0.17
5%

Extracted
veneers
2.85
0.48
17%

4 CONCLUSIONS
The ABES equipment was well suited to the self-bonding
of rotary-cut birch veneer as well as to bond line tensileshear strength testing. The maximum average tensileshear strength within the great scale comparison study
was 3.31 MPa – observed after 600 s hot pressing, whilst
the reference value within the extraction study yielded
even higher value, 3.39 MPa – observed after 540 s hot
pressing. The maximum tensile-shear strength of a single
bond was 3.75 MPa, observed after 600 s hot pressing. As

the tensile-shear strength had a rising tendency, the results
indicate even greater strengths with longer hot-pressing
times and it may be worthwhile studying clearly longer
hot-pressing times, as well. The overall tendency of the
results indicate that lower soaking temperature yields
higher tensile-shear strength as the hot-pressing time is
kept constant. Also the reference value from the
extraction study supports this observation. Nonetheless,
the highest case and average strengths excluding the
extraction study were observed for veneers from the
higher soaking temperature. In addition to this, the results
indicate that higher initial or testing moisture content
leads to a weaker bond strength. The acetone extraction
study showed that extraction does not prevent the selfbonding phenomenon of wood. However, the average
tensile-shear strength dropped by 16% and the
proportional standard deviation increased greatly.
Therefore, we suggest that the extractives most possibly
do not have a key role in self-bonding of wood but their
presence influences the bond formation and leads to
higher strength properties of the bond. Finally, the SEM
imaging provided useful information on the bond line
micromorphology, visualising that the bond line
obviously cannot run as directly as within ordinary
plywood, but the rays frequently penetrate into the
adjacent veneer. In addition to this, the SEM imaging
showed that close to the rays the cell structure is greatly
less deformed, most probably due to the reinforcing and
stiffening effect of the rays. However, the rays may buckle
within the structure if the compressive forces make the
cell structure behave differently along the whole length of
the ray leading to sliding.
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MECHANICAL PROPERTIES OF ROTARY VENEERS RECOVERED
FROM EARLY TO MID-ROTATION PLANTATION EUCALYPTUS LOGS
Benoit P. Gilbert1, Henri Bailleres2, Hao Zhang3, Robert L. McGavin4
ABSTRACT: This paper presents the mechanical properties of rotary veneers peeled from small-diameter hardwood
plantation logs, recovered from early to mid-rotation hardwood plantations. Two species planted for solid timber endproducts (Gympie messmate - Eucalyptus cloeziana and spotted gum - Corymbia citriodora) and one species
traditionally grown for pulpwood (southern blue gum - Eucalyptus globulus) were studied. The logs were peeled to
produce 2.5 mm nominal thick veneers. The compressive and tensile Modulus of Rupture (MOR) of the veneers,
parallel to the grain, were experimentally investigated and compared to their measured Modulus of Elasticity (MOE).
The variability within each species is presented herein. The study aims to ultimately predict the capacity and reliability
of plywood and LVL structural products manufactured from rotary veneers recovered from early to mid-rotation
hardwood plantation logs. Future work and methodologies are discussed.
KEYWORDS: Hardwood, Eucalyptus, Plantation, Veneers, Mechanical properties

1 INTRODUCTION 123
Australian hardwood ‘industrial plantations’ cover about
one millions hectares and represent about half all
Australian plantations. About 84% of these hardwood
plantations have been primarily established for
pulpwood production, leaving a smaller proportion of
these estates established for high quality sawn timber [1,
2].
The Australian timber industry is rapidly changing and is
increasingly relying on plantations as a supplementary
resource or as an alternative to native forests [3]. Yet, to
justify continued expansion of Australia’s current
hardwood plantation estates and to increase the value
gained from existing estates, it is becoming necessary to
develop high-value end-use products from early to midrotation hardwood plantation logs. These logs are usually
harvested 12 to 15 years after establishing the plantation,
either by clear felling the plantation for pulpwood
resources or in a thinning operation for saw log
management regimes.. With an unfavourable market for
pulpwood [4] and thinned logs deemed of poor quality,
these small diameter (about 15 to 30 cm) logs have
currently little to no commercial value in Australia [5].
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Moreover, while these logs yield a poor recovery rate
when processed using traditional sawmilling techniques
to produce sawn timber, the use of spindle-less
technology has been demonstrated to be an efficient
process by recovering up to 70 % of the logs into rotary
veneers [6]. It therefore offers the possibility to use these
resources for Veneer Based Composite (VBC) products.
With this in mind, plywood and LVL products have been
manufactured and tested by the Queensland Government
[7]. The results showed that these products can exceed
the mechanical properties of similar products
manufactured from mature plantation softwood (e.g.
Pinus species). However and despite proven potential to
make attractive structural products, veneer-based
composite products manufactured from veneers
recovered from early to mid-rotation hardwood
plantation logs cannot currently be commercialised.
Indeed, due to the high proportion of natural defects
(knots, resin veins, etc.), the variability in their
mechanical properties is not fully understood, and the
statistical characteristics of their actual strength needs to
be fully investigated to develop probability-based limit
state design criteria. Additionally, for hardwood species
traditionally used for pulpwood, species selection and
breeding have focused on achieving high pulp yield,
density and volume, which may adversely affect
important mechanical properties for high value-added
solid wood products [8, 9]
In an effort to assess and quantify the mechanical
properties of veneers peeled from early to mid-rotation
hardwood plantation logs, tension and compression
parallel to the grain tests on veneers peeled from three
different hardwood Eucalyptus species are investigated
and presented. Gympie messmate (GM) (Eucalyptus
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cloeziana) and spotted gum (SPG) (Corymbia
citriodora), planted for solid timber end-products, and
southern blue gum (SBG) (Eucalyptus globulus),
traditionally planted for pulpwood, were selected.
The variability in mechanical properties of the veneers is
discussed. The future use of the findings in this paper to
numerically predict the Modulus of Elasticity (MOE)
and Modulus of Rupture (MOR) of Plywood and LVL
structural products manufactured from these small
diameter logs is developed.

2 SAMPLES PREPARATION
Logs in 1.3 m lengths were rotary peeled to produce
nominal 2.5 mm thick dried veneers at the Salisbury
Research Facility, Brisbane, Australia, using a spindleless lathe. The resources were sourced from two
different sites in Northern New South Wales and one site
in South East Queensland for the spotted gum logs, three
different sites in Victoria for the southern blue gum logs,
and one site in South-east Queensland for the Gympie
messmate logs [3]. The trees were 10 to 12, 13 to 16 and
12 to 15 years old, and had an average diameter at breast
height over bark (DBHOB) of 20.6, 30.6 and 31.9 cm,
for the spotted gum, southern blue gum logs and Gympie
messmate plantations, respectively (see [3] for more
details).
In this research, 90 veneer sheets of nominal 1.2 m width
(and 1.2 m long) were selected per species. The sheets
were selected to best represent the entire range of veneer
quality encountered for each species. The sheets were
peeled from 20, 44 and 43 different trees for the Gympie
messmate, spotted gum and southern blue gum
plantations, respectively, as detailed in Table 1.

The three strips per veneer sheet were then glued
together in a LVL configuration (i.e. all veneer grain
aligned in the same direction) at elevated temperature
and pressure using a readily available commercial
Phenol-Formaldehyde adhesive system (Momentive
Specialty Chemical PP1158). This configuration aimed
at capturing the average properties of each veneer sheet,
including the effects of both hot pressing the sheets and
the glue used during the manufacturing process. After
manufacture, the obtained 3-Ply LVLs were sawn into
one 630 mm long × 100 mm wide sample for
compression testing and one 1,130 mm long × 150 mm
wide sample for tension testing. Other samples were also
cut to quantify other mechanical properties in future
tests, not reported in this paper. The cutting pattern is
shown in Figure 2.
The samples were conditioned at 20°C and 65% relative
humidity before testing, with the compression and
tension samples stored in two separate rooms.

Table 1: Number of different trees from which veneer sheets
were selected

Species
GM
SPG
SBG

Number of trees sampled
1st site
2nd site
3rd site
20
--9
10
25
16
11
16

Each veneer sheet was then cut parallel to the grain into
three 400 mm wide strips.
The MOE of each strip was determined using a nondestructive acoustic method by recording the natural
frequency of the veneer strip and analysing it using the
software BING® (Beam Identification by Nondestructive Grading) [10]. Figure 1 shows the acoustic
test set-up.

Figure 1: MOE determination test set-up

Figure 2: Three-Ply LVL cutting lines

3 MATERIAL TESTING
3.1 COMPRESSION TESTS
The 630 mm long samples were tested in compression
using a 500 kN universal MTS testing machine, at a
stroke rate of 0.8 mm/min, to reach failure between 3
and 5 minutes. A similar method to the one recommend
for plywood in Clause 7.5 of the Australian and New
Zealand standard AS/NZS 2269.1 [11] is applied. The
samples were prevented from lateral buckling every 55
mm by rollers. The samples were tested between platens,
both mounted on a half sphere bearing, which could
rotate, so as to provide full contact between the platens
and the specimens. Before testing, the ends of the
samples were cut with a high quality fine cut circular
saw blade to ensure a uniform contact pressure between
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the samples and the platens. Figure 3 shows the test setup.
The compressive MOR (MORc) of the samples is
calculated as,

MORc =

F max
wt

(1)

where Fmax is the maximum recorded force, and t and w
are the measured thickness and width, respectively, of
the samples.
Immediately after testing, pieces were cut from selected
samples to determine the samples’ moisture content
(MC) at the time of testing. The weight of the pieces was
recorded and the pieces were later left in an oven at
103oC until they reached constant mass. Sample
moisture content was calculated in accordance to the
Australian and New Zealand standard AS/NZS
1080.1:2012 [12].

Figure 4: Tension test set-up (schematic and actual)

4 RESULTS AND DISCUSION
4.1 MOISTURE CONTENT
The oven dry moisture content of the samples is reported
in Table 2 for each species and testing method. The
coefficient of variation (CoV) between recorded samples
is also reported in Table 2. The moisture content
between the compression and tension samples is similar.
The difference in moisture content of the Gympie
messmate compression and tension samples is higher
than the other species, with a difference between the
mean values of 1.3 %.
Table 2: Average test sample moisture content results

Species
GM
SPG
SBG
Figure 3: Compression test set-up (schematic and actual)

3.2 TENSION TESTS
The 1,130 mm long samples were tested in tension in a
custom built 600 kN testing machine, at a load rate of 30
kN/min, targeting failure between 3 and 5 mins. The
samples were clamped between curved and knurled jaws,
leaving a testing length of 500 mm between the jaws.
The curved jaws aimed at minimising stress
concentration at clamping and ensuring failure between
jaws. Figure 4 shows the test set-up.
The tensile MOR (MORt) of the samples is calculated
using the same equation as Eq. (1).
Similar to the compression samples, pieces were cut
from selected samples, immediately after testing, to
determine the moisture content of the tested specimens at
the time of testing.

Compression samples
Tension samples
MC
nb
CoV MC
nb
CoV
(%)
pieces (%) (%)
pieces (%)
11.0
5
4.1
9.7
7
4.0
10.5
10
3.6
10.0
11
4.2
11.0
6
2.6
10.9
4
1.1

4.2 COMPRESSION TESTS
Figure 5 gives the relationship between the average
measured MOE of the veneer strips and compressive
MOR of the 3-ply LVL samples for all investigated
species.
The relationship between the compressive MOR and
MOE is usually represented by a linear or power
equation. A power relationship in the form,
MOR = α ⋅ MOE β

(2)

is chosen in the paper. Table 3 gives the coefficients α
and β in Eq. (2) obtained by performing a regression on
the compression test results. The coefficients of
determination R2 are also given in Table 3.
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Table 3: Coefficients α and β in Eq. (2) between MOR and
average MOE

Species
GM
SPG
SBG

Compressive tests
α
β
R2
-3
×10
417.6 0.52 0.55
48.0
0.74 0.61
489.8 0.49 0.64

Tension tests
α
β
R2
-3
×10
1.40
1.12
0.61
0.10
1.38
0.53
11.4
0.91
0.57

The curves provided using Eq. (2) and the coefficients in
Table 3 are also plotted in Figure 5 for all species.
Figure 5 shows that a large variation in the compressive
strength is found, which ranges from about 30-50 MPa
for low MOE (less than 12,000 MPa) to up to 90 MPa
for high MOE (greater than 22,000 MPa). At 12%
moisture content, plantation softwood species for
structural purposes typically have MOE in the order of
10,000 to 15,000 MPa and compressive strength ranging
from 30 to 60 MPa [13]. Therefore, in its low MOE
range, the analysed veneers would be comparable to
plantation softwood in terms of mechanical properties.
Yet, veneer MOE greater than 12,000 MPa represent
more than 80% of the veneers recovered from the
analysed species [3]. Therefore, early to mid-rotation
hardwood plantation logs produce a large proportion of
veneers with higher MOE and MOR than the ones
typically encountered in softwood species for structural
applications.

(a) Gympie messmate

(b) Spotted gum

4.3 TENSION TESTS
The relationship between the average measured MOE of
the veneer strips and tensile MOR of the 3-ply LVL
samples is plotted in Figure 6 for all investigated species.
The equation given in Eq. (2) also usually best represents
the relationship between the tensile MOR and MOE.
Table 3 gives the coefficients α and β in Eq. (2) obtained
by performing a regression on the tension test results.
The coefficients of determination R2 are also given in
Table 3.
The curves provided based on Eq. (2) and the
coefficients given in Table 3 are plotted in Figure 6.
Figure 6 shows that a larger range variation of the tensile
strength when compared to the compressive one. The
MOR ranges from about 30-60 MPa for low MOE and
above 140 MPa for high MOE.
At 12% moisture content, plantation softwood species
for structural purposes typically have tensile strength
ranging between 60 and 90 MPa [13]. Therefore, in its
low MOE range, the analysed veneers encounter lower
MOR than plantation softwood. However, similar to the
compressive strength and due to the analysed resources
having MOE significantly larger than typical softwood
MOE, the analysed species would recover a large
proportion of veneers with higher MOE and MOR than
the ones typically encountered in plantation softwood
species.

(c) Southern blue gum
Figure 5: Compressive MOR vs veneer MOE for all species

4.4 COMPARISON BETWEEN SPECIES
To simply compare and clearly visualise the strength of
all species, Figure 7 plots the best fit prediction using
Eq. (2) for all investigated cases.
As discussed in previous sections, Figure 7 shows that
for veneer MOE less than about 12,000 MPa, and for all
species, the tensile strength tends to be equal to or lower
than the compressive strength. For this range of MOE, a
large proportion of natural defects are usually
encountered. These defects have a larger influence on
the tensile strength than on the compressive strength,
explaining this phenomenon. For high MOE veneers,
greater than 22,000 MPa, less natural defects are
encountered and the tensile strength is 35% to 70%
larger than the compressive strength. The larger
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difference is encountered for the southern blue gum
species.
Still for high MOE veneers, the tensile strength across
the three species tends to be similar and within 5 % of
each other. For low MOE veneers, the tensile strength of
the spotted gum samples is 10% to 30% lower than the
other two species.
Especially for veneers with an MOE greater than 15,000
MPa, the compressive strength of the southern blue gum
is 10% to 20% lower than the other two species.
However, despite being a species traditionally planted
for pulpwood, the southern blue gum has high
mechanical properties similar to the two other species
planted for sawn timber. In all tests performed, the three
tested samples with the highest tensile MOR were
southern blue gum (see Figure 5).

4.5 WEIBULL DISTRIBUTION (SIZE EFFECT)
For brittle materials, such as timber in tension, the
Weibull distribution [14], based on the weakest link
theory, is commonly used to characterise the size effect
and variability in the material properties. While the
Weibull strength theory has been developed for isotropic
and homogeneous material [15], its use for timber
products is well accepted [16, 17]. Moreover, despite
timber not experiencing brittle failure in compression,
the Weibull strength theory still applies in compression
as failure occurs in the weakest cross-section [16].
The probability of failure Pf of a volume V at an applied
stress σ is given by a two-parameter Weibull distribution
as,
Pf = 1 − e

−

1
V0

σ 

∫V  m 

k

dV

(3)

where V0 is the reference volume, m the scale parameter
and k the shape factor. k reflects the size effect and, for
the same probability of failure, the relationship between
the tensile or compressive strength MOR1 of a volume V1
is given relative to the reference strength MOR0 of
volume V0 as,
MOR1  V0
=
MOR 0  V1





1k

(4)

(a) Gympie messmate

Figure 7: Best predicted compressive and tensile MOR vs
veneer MOE for all species
(b) Spotted gum

As the Weibull parameters are usually dependant on the
grade of the material, they should be estimated based on
tests performed on timber products of the same grade.
Assuming a constant shape factor k, it is also possible to
follow a similar approach to Foschi and Barrett [18] by
normalising the strength using its best prediction given
in Eq. (2). Eq. (3) therefore becomes,
Pf = 1 − e

−

1
V0



MOR



∫V  Mα ⋅MOE β 

k

dV

(5)

where the new scale parameter M is a constant. The
strength can then be expressed in terms of the failure
probability Pf by rearranging Eq. (5) as,
(c) Southern blue gum
Figure 6: Tensile MOR vs veneer MOE for all species
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 V
MOR = Mα ⋅ MOE β  − 0 ln (1 − Pf )

 V

1/ k

(6)

In timber, the shape factor k is different for tension and
compression failure and also usually varies with
specimen dimensions (width, thickness and length). The
shape factors associated with each dimension are best
found using the slope method, where specimens from the
same batch, from which one dimension varies, are tested
[15]. However, as the tests reported herein are performed
at a constant volume, the volume shape factor k in Eq (6)
is adopted in this paper using the shape parameter
method [15], consisting of finding the Weibull
parameters that best fit the cumulative distribution
function of the MOR.
Figure 8 shows the cumulative probability distribution of
the ratio MOR/α.MOEβ for both tension and compression
tests, and for all investigated species.
The scale parameters M and shape factors k obtained by
performing a regression analysis on all curves in Figure
8 are reported in Table 4. The corresponding twoparameter Weibull distributions are also plotted in
Figure 8 for comparison.
Table 4 shows that the shape factor for tension failure is
typically about half the shape parameter for compression
failure. Gympie messmate has the highest shape factor to
all investigated species and is therefore less sensitive to
size effect.
Table 4: Two-parameter Weibull scale parameters and shape
factors

Species
GM
SPG
SBG

Compressive tests
k
M(V0/V)1/k
14.6
1.04
12.7
1.04
11.4
1.05

(a) Gympie messmate

(b) Spotted gum

Tensile tests
k
M(V0/V)1/k
7.3
1.07
5.7
1.07
5.2
1.11

5 CONCLUSIONS
This paper quantified the compressive and tensile
mechanical properties of rotary peeled veneers recovered
from early to mid-rotation hardwood plantations (10 to
16 years old). Three hardwood species were analysed.
One species (Southern blue gum) is traditionally
established and managed for pulpwood and the other two
(Gympie messmate and spotted gum) for high-quality
solid timber end-products. Results show that for low
MOE (less than 12,000 MPa) and for all species, the
tensile and compressive strength are similar and in the
range of 30-50 MPa. For high MOE (greater than 22,000
MPa), the tensile strength can be as high as 140 MPa and
is 35% to 70% higher than the compressive strength.
Despite being traditionally established for pulpwood
end-use, the southern blue gum veneers show similar
tensile strength to and 10% to 20% lower compressive
strength than the other two species.
Future research to establish appropriate probabilitybased limit state design criteria for LVL and plywood
structural products manufactured from rotary peeled
veneers recovered from early to mid-rotation hardwood
plantations is discussed.

(c) Southern blue gum
Figure 8: Cumulative distribution test results for all
investigated species

6 FUTURE WORK
The international timber design specifications cover the
design of structural composite timber products made
from well-understood forest resources where mechanical
and grade information is well documented. The proposed
LVL and plywood products considered herein, however,
are manufactured from veneers recovered from early to
mid-rotation hardwood plantation logs, a resource that
need to be characterised to be used for structural
purposes. Because of the high proportion of defects in
the resource, the new structural products are expected to
have a reduced mean strength and larger variability in
their mechanical properties than the conventional LVL
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and plywood products, to a degree currently unknown.
As mentioned in the introduction, it is important to
quantify the statistical data (i.e., mean, variance,
distribution type) of the strength properties for the new
products for the development of probability-based limit
state design criteria.
The next phases of the project are articulated into two
main stages:
(1) To accurately predict the reliability of these
structural products, without the need of expensive
and time consuming experimental testing, a Finite
Element Analysis (FEA) model is currently being
verified against 4-points bending test results. 7-Ply
LVL were manufactured from spotted gum veneers.
For each LVL, seven different 1.2 m × 1.2 m veneer
sheets were selected for each ply. The sheets were
cut into four strips and one strip was used to
manufacture the LVL while the remaining three
strips were glued together similarly to the research
outlined in Section 2. These 3-Ply LVL were then
tested in tension and compression as outlined in
Section 3 to measure the mechanical properties of
each ply constituting the LVL. While very little
research has been performed on modelling LVL and
plywood products based on the strength of each ply,
the research developed for Glulam beams (such as
[18, 19] is currently being applied to the tested LVL.
The shape factors reported in Section 4.5 are also
used, in a similar manner to [17], to compensate for
the size difference between the compressive and
tensile material testing and the 4-points bending
tests.
For the LVL, both 4-points bending tests on flat and
edge have been performed.
(2) When the FEA model will be adjusted, the model
will be used with the MOR distribution reported in
this paper in conjunction with Monte-Carlo
simulations to estimate the strength and reliability of
plywood and LVL manufactured from various
veneer grades. The limit state design (LSD) criterion
will be developed and should be in the following
format,
ϕRn ≥ ∑ γ i Q ni

(7)

in which Rn is the nominal structural strength, and
Qni are the load effects due to structural loads such
as dead load and wind. The factors φ and γi are the
capacity factor and load factors (respectively) that
account for the uncertainties in structural strength
and loads, and the potential adverse effects on
structural safety arising from those uncertainties.
Structures are deemed safe if the probability of
failure is below a targeted reliability index. The
target reliability index for the proposed new product
will be determined by adjusting the proposed design
criteria to conventional timber structure design with
Australian wood design specification AS 1720.1
[20].
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METHODS OF FORMING VENEER STRUCTURES
Markus Grabner1, Andreas Wolf2, Elisabeth Schwabl3, Gerhard Schickhofer4
ABSTRACT: The paper presents a novel approach for utilizing rotary-cut veneers for the building product ‘Ultra High
Performance Plywood (UHPP)’. In contrast to common planar veneer-based products with rectangular cross-sections,
UHPP combines high mechanical properties of laminated veneers with a high yield production processes (peeling and
moulding process). The innovation features a forming process to produce light-weight construction elements with
special focus on load-bearing optimized cross-sections. This paper provides a comprehensive literature review on
different forming processes with special focus on veneer moulding, parameters limiting the formability of veneers and
reports on laboratory based manufacturing processes.
KEYWORDS: Ultra High Performance Plywood, UHPP, LVL, forming process, profile

INTRODUCTION 123
Veneer products in the construction building sector are
commonly used as raw material for the production of
bar-shaped and planar components in resolved structure
(framework, hollow ceiling panels), as a web material
for I-Beams (formwork, I-Joist) or as reinforcement parts
for highly stressed areas (splice joint). What all these
applications have in common is the planarity of the raw
material and the final construction product. In contrast to
former studies which emphasize on the load-bearing
behaviour of planar structural elements the present work
comprises a study on different forming processes for the
production of structural components with nonrectangular cross-sections, taking into account the high
formability of veneers. In general the optimized crosssection design of a structural component is mainly
governed by the applied loads and the properties of the
materials. Herein simultaneous forming and shape
fixation of veneers by bonding may lead to high
performant load-bearing structures meeting the demands
for material and cost efficiency. Veneer based products
(VBP) with regard to building material for constructive
elements belong to the category of engineered wood
products (EWP) and are formed by bonding thin sheets
of wood (veneers, plies) together in different layer
compositions. The veneers can be produced by (i)
sawing (seldom), (ii) knife cutting (slicing) and (iii)
rotary cutting (peeling). Sawn and sliced veneers are
exclusively used to manufacture decorative veneer,
whereas the latter is the most common method of raw

material supply for the industrial production of
laminated veneer lumber (LVL) and plywood. [1],
In comparison to sawn timber products (e.g. solid timber
ST, glued laminated timber - GLT, cross laminated
timber - CLT) growth characteristics (knots, etc.) can be
distributed in a higher proportion to the size of the final
member. Thus variations in the hygroscopic behaviour,
in physical and mechanical properties can be reduced
and a more homogeneous product designed [2],[3]. In
addition to current production techniques with focus on
mainly straight prismatic panel or bar-shaped building
material, veneers, in terms of moulded profiles offer the
opportunity for a wide range of applications in the
building sector, e.g. channel/top-hat sections for
coverings, corrugated sheets and light hollow-sandwich
floor or wall panels [4].
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Figure 1: UHPP elements
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Structural efficiency can be obtained through efficient
placement of materials with equal or higher mechanical
properties (strength, stiffness) in high-stressed areas to
increase efficiency in terms of minimizing material input
[5]. In this context the term Ultra High Performance
Plywood UHPP means combining the two
characteristics: homogenisation of growth characteristics
and moulding of thin sheets of wood to create efficient
and performant light weight construction elements. In a
feasibility study on UHPP elements [6] the properties of
the base material and the production process confirmed
to be crucial for an efficient structural design. Therefore
main parameters are identified on the basis of a literature
search. As illustrated in Figure 2 many parameters are
interacting and affecting the properties of a UHPP
product (e.g. Figure 1).

Figure 2: Factors affecting the properties of the final product

1.1 BASE MATERIAL
The base materials used to produce UHPP are rotary cut
veneers and adhesive.
1.1.1 Veneer
A veneer can be characterized by its:
(i) wood-specific properties:
• wood species (anatomic structure, growth
characteristics, density, etc.)
• anisotropic
behaviour
(hygroscopic
characteristics, mechanical properties, elastic
and plastic behaviour, etc.), and,
(ii) process-related properties:
• lathe check depth and frequency
• deviation in thickness
• veneer surface
• flatness of the veneer
• moisture content.
In principal every wood species can be used to produce
laminated veneer products. However some species may
be preferred for the production of rotary cut veneers,
such as diffuse porous wood species (e.g. beech and
birch). The same applies to forming processes [7]. In
contrast to other materials e.g. metal, commonly used for
moulding highly efficient construction members with
minimal material input wood exhibits a very limited

plasticity, which is a basic feature for forming operations
[8], [9], [10].
A common parameter used to estimate the formability of
wood during a two dimensional moulding process is the
minimum radius of curvature, which usually represents
the minimum permissible radius that can be achieved by
bending a piece of wood without rupture [7]. The
method to determine a feasible bending radius is simple.
The specimens are manually bent around mandrels with
different diameters to a U-shape. Information on the
minimum radius of curvature can be found in [7], [11]
[12], [13], [14], [15]. Other main characteristics are the
anisotropy and the dependency of the behaviour on the
type of loading, e.g. the reaction of wood subjected to
compression or elongation [12], [15].
Apart from wood characteristics several studies indicate
that process-related parameters for the production of the
rotary cut (peeled) veneer have an influence on the
properties of veneer based products. The peeling of logs
for veneer production requires for most wood species
softening treatments, e.g. heating and steaming. During
the rotary cutting of logs checks occur on one side of the
veneer surface. The checked side is commonly named
the loose side, and the opposite side without checking is
called the tight side [1], [16]. The depth of the checks
can exceed 70% to 80% of the veneer thickness
depending on several factors [17]. The occurrence and
depth of checks as well as the softening treatments can
be identified as important parameters influencing the
formability of a single veneer and finally the properties
of the product [7], [18], [19].
1.1.2 Adhesive
During the forming operation the interposed adhesive
can act as a sliding film (lubricant) and reduces friction
between the veneer layers. In addition the formability of
dry veneers may be enhanced by applying the adhesive
on the surfaces similar to a moistening treatment.
After the forming operation the adhesive connects the
veneers to each other, and locks the assembly in the
desired shape [10], [18]. Adhesive characteristics, such
as reaction capacity, interaction with adherends, curing
time, wettability, mechanical properties should be
considered and adapted to the used forming technique
and can significantly affect spring-back deformation and
stiffness parameters of the final product [18], [19].
Furthermore the requirements for constructive
applications have to be fulfilled.
Commonly used adhesive systems include [16]:
• urea formaldehyde (UF)
• melamine formaldehyde (MUF)
• phenol-formaldehyde (PF)
• polymer isocyanate (EPI)
• polyurethane (PU)
1.2 PRODUCT DESIGN
Generally designing a product is a process that interacts
with each factor illustrated in Figure 2.
The definition of the geometry and the design is the basis
for the decision for an applicable forming method and is
from an engineer’s perspective mainly governed by the
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technological limits (base material and production
process), the requirements and the intended application,
e.g. constructive element for building structures.
Main aspects are:
• Definition of boundary conditions (load
situation, supports, connections, tolerances,
etc.)
• Definition of material properties
• Definition of geometry on the basis of
technological limits, boundary conditions and
material properties.

cross-sections, which can be assembled to various
structures, e.g. resolved, cellular structures.
2.1 DEFORMATION MECHANISMS DURING
FORMING OPERATION
The compound process of deformation during moulding,
can be described within different deformation
mechanisms on interface and intra-ply levels. Figure 3
illustrates the different mechanisms for theoretical
analysis of forming processes in thermoplastics, which
may also give a better understanding for the forming
process of thin veneer sheets.

1.3 MOULDING DEVICE
The moulding device is subjected to the used materials
(veneer, adhesive) and the product and provides the
facilities for a proper moulding operation, depending on
the pressure and the technique used to form the base
material to the desired shape.
1.4 PROCESS
The process comprises the pre-treatment, the preparation
of the material and process parameters, concerning the
used method of forming.
Pre-treatments can be used to modify the properties of
the material prior to the forming process to enhance the
formability of the veneers , by means of
• mechanical (e.g. cutting out defects, sanding,
flexing, grooving) [7],
• hydro (e.g. moistening) [10]
• thermohydro (e.g. soaking in hot water) [10],
• thermohydromechanical (e.g. pre-forming,
densification) [10]., and,
• chemical treatments [20].
The most important process-related parameter is the
moisture content. Due to the hygroscopic behaviour of
wood and the influence of moisture on the mechanical
properties the formability during the forming operation,
the choice of used adhesive system and the shape
stability of the final product are affected [16], [18]. In
order to achieve acceptable changes of shape the initial
M.C. and the adhesive system should be chosen in
accordance to the climate conditions in later use [18].
Changes in climate conditions may lead to deformations
which can induce stresses to the final product [19].
Other process-related parameters include the used type
of pressure application, the required pressure along the
bond-lines between each veneer layer, the time pressure
has to be applied for proper bonding and curing of the
adhesive.

Forming an initially “flat” veneer sheet to a two- or
three-dimensional surface invokes in-plane and out-ofplane deformations, such as intra-ply shear, inter-ply
slippage, and bending. The formability of a veneer
laminate is determined by the resistances against these
basic deformation mechanisms.
2.1.1 Inter-ply mechanisms
• Inter-ply slippage is a mechanism that appears
at the interfaces between the plies and can be
affected by the adhesive properties.
• Tool-ply slippage (friction) appears at the
interfaces between the veneers and the tooling.
• Delamination is expected if the male and female
forms are not accurately shaped.
2.1.2 Intra-ply mechanisms
Longitudinal and transverse shearing mechanisms occur
at the intra-ply level. Longitudinal and transverse
shearing mechanisms are related to the parallel and
transverse sliding of the veneers, respectively.
Tearing, elongation and bending can result in stresses
perpendicular and in plane direction of the veneers.

2 METHODS OF FORMING VENEER
STRUCTURES

2.2 CATEGORIZATION AND PRINCIPLES OF
METHODS

The actual shaping of the material can be carried out in
many different ways and various processing techniques.
Thus the presented methods are a concise summary of
some principle techniques of forming veneers based on
literature [4], [7], [11], [12], [13], [14], [21] and own
experiences [6], [22] with focus on two-dimensional
moulding and sequential processes. Furthermore the
scope lies on the production of elements with open

Figure 3: Deformation mechanisms during forming process

In general forming methods can be categorized in the
type of:
• moulds used to achieve the final shape of the
product,
• material used for the moulds, and, the type of
• generating required pressure.
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The type of moulds can be classified in forming the
assembly between
• rigid female and male forms,
• rigid form and a restraining band,
• a rigid form and an elastic form,
and a combination of them.
2.3 RIGID FEMALE AND MALE FORMS
The method often named as “matched-die forming” is
traditionally used to manufacture open profile-forms.
The process provides a set of veneers, which are
overlayed with interposed adhesive and positioned
between rigid female and male forms. During the
forming process the female and male forms are moving
towards each other and the assembly is forced to fit
between the two surfaces of the forming tools.
Commonly used materials include metal, e.g. aluminium
[10] and plywood, which can be covered for reducing
friction between form and assembly and/or for applying
heat during the forming process.
To achieve the requisite pressure for a proper bonding
the pressure can be applied by means of mechanic
(clamps, spindles, etc.), pneumatic and hydraulic
devices, which may act in one or more directions on the
male and female dies, depending on the desired shape
[7], [10] (Figure 4).

2.4 FORMING WITH RESTRAINING
MEMBRANE
The veneers with interposed adhesive are placed
between a male form and a membrane, which provides
the application of high in-plane tensile loads within the
elastic state of the material. The forming operation is
carried out by pressing the male form and the assembly
against the membrane, causing the membrane bend the
assembly over the form as illustrated in Figure 5.
A major drawback of this technique is the limitation on
simple shaped contours, the low pressure that can be
achieved in relation to the high membrane forces, which
have to be introduced and the non-uniform pressure
distribution.

Figure 5: Restraining membrane [7]

Compared to the matched-die moulding (Figure 4) this
method features very low friction forces acting between
the assembly and the male die, which can be used as a
pre-forming device in combination with rigid tools
Figure 6.

Figure 4: Matched-die forming, left: pressure application in
one direction; right: pressure application in two directions [7]

The applicability of the technique and its characteristics
can be summarized as follows:
For each modification of the geometry of the final
product new female and male forms have to be
produced. The shape of the forms have to be accurate
and even small deviations in veneer thickness may lead
to un-sufficient bonding [12]. During the forming
process friction and slippage between forms and
assembly occur, which may lead to fractures of the outer
veneers or within the whole assembly. One of the main
aspects using rigid female and male dies is the nonuniform pressure-distribution along the bond-line [12],
especially if the pressure applied on the forms is
unidirectional. For more compound shapes male and
female dies can be divided into multiple parts, on which
the required pressure can be independently applied [7],
[11], [12]. However a uniform pressure distribution
along the bond-line of the shaped assembly cannot be
achieved.

Figure 6: Combination of restraining membrane and bidirectional pressure application [7], [11], [12], [21]

2.5 RIGID FORM AND ELASTIC FORM
In order to achieve a more uniform pressure at all points
of the entire surface the pressure can be applied through:
• deflation of a bag (negative pressure)
• inflation of a bag (positive pressure)
• combination of positive and negative pressure
• a compression of an elastic cushion
Deflation of a bag (e.g. vacuum-bag moulding) uses the
atmospheric pressure to form the adhesive coated
veneers [13]. The laminae are sealed within an airtight
envelope. A vacuum pump evacuates the air from the
inside of the bag and reduces the air pressure (negative
pressure). The difference between the outside and inside
air-pressure forces the assembly to form around the
female or male die and provide the pressure for bonding.
The method serves a uniform-pressure along the shape
and allows the production of compound shapes, if the
provided pressure is enough for the forming and the
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bonding of the veneers [12]. Due to the low pressure that
can be achieved of approximately 0.09 N/mm² the use of
this method without a combination of other techniques
for the production of shaped elements is limited [12].
To overcome this limitation the bag can be inflated
(positive pressure) in a confined space (closed system,
Figure 7, right), which may include a rigid male or
female form. The veneers with interposed adhesive and
the pressure bag are placed in it. The bag is inflated by a
fluid (e.g. air, water, oil) and forces the laminae to form
into the desired shape, given by the inner contour of the
surrounding construction (e.g. box).
Another method is to let the bag deform during the
inflation process in an open system (Figure 7, left); this
means that the bag is not completely surrounded of a
construction. In these areas the bag acts as confined
space for the fluid and has to resist membrane forces
caused by the inflation. Thus the properties of the
material used for the bag limits the pressure that can be
applied.

Figure 7: Left: Inflation in open system [12], [13], right:
inflation in closed system [12], [13]

A combination of positive and negative pressure, as
shown in Figure 8, right is an interesting technique. Prior
to the deformation process the assembly is placed
between two membranes, which are sealed at their edges,
e.g. by hold-down devices. On one side a fluid is
introduced acting as positive pressure medium. On the
other side a negative pressure, e.g. by using a vacuum
pump, is applied. The positive and negative pressure
forces the membranes and the assembly in the desired
shape of the male or female form.

can affect the quality of the bond-line and the surface of
the final product. In consideration of these possible
difficulties another technique could lead to better results.
In this context using a bag without deflation or inflation
is an interesting technique, as illustrated in Figure 9.

Figure 9: Cushion [14], [23]

The bag or cushion is placed in a rigid female form and
the assembly positioned on the top of the cushion.
During the process the male die is forced into the
cushion and the assembly in between is pressed onto the
male form. Similar to an unconventional metal forming
process (Guerin process, [23]) the cushion with a
flexible pressure carrying medium could be replaced be
an elastic body [23]. A major advantage of this method
is the easier handling and that there is no risk for
leakage. In contrast to a matched die forming technique a
more uniform pressure distribution can be achieved.
2.6 COMBINATION OF METHODS FORM
CONTINUOUS PROCESSES
Some of the presented methods in section 2.3 may be
adapted for continuous processes for the production of,
e.g. corrugated products (Figure 10).

Figure 10: Corrugation [24], [25], [26]

[4] presented a method for the production of a rollformed veneer-based profiles. Figure 11 schematically
shows the process. In [4] the veneers were softened by
immersing in a hot water bath and formed to a profile by
a roll-forming machine originally designed for metallic
strips.
Figure 8: Left:Negative pressure, right: combination negative
pressure and positive pressure [13]

The inflation and deflation of a bag or a combination of
a negative and positive pressure may lead to several
difficulties, e.g. the assembly has to be placed and preformed on to the male or female form (inflation and
deflation method) and fixed in its position prior to the
process, wrinkles may occur during the process, which

Figure 11: Roll forming [4]
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3 INVESTIGATIONS ON FORMING
METHODS
The purpose of the investigations on forming methods is
the development of processes, which should allow a
simple production of UHPP elements with a wide range
of cross-section geometries and without special pretreatments of the base material (see section 1.4).
3.1 BAG MOULDING
One approach is to combine a deflating (vacuum-bag)
and an inflating bag moulding operation. The vacuumbag should serve primarily a fixation of the veneers on
the female or male form and a preforming of the
assembly. The deflating bag should provide a uniform
and adequate pressure for a proper bonding of the
laminae. During the pre-forming operation the veneer
with interposed adhesive has to resist the deformation
without rupture. Thus the main question is to which
extent can veneers be formed by using a vacuum-bag
moulding technique without special pre-treatments?
The presented investigations are still ongoing and first
results are presented and discussed.
3.1.1 Materials
The beech (Fagus sylvatica) and spruce (Picea Abies)
veneers originated from Austrian forests. All the veneers
were conditioned to equilibrium moisture content in a
climate chamber (climate: temperature T = 20°C;
relative humidity RH = 65%) before the tests. With the
exception of spruce veneer with thickness t = 0.75 mm,
all veneers used were rotary cut from logs with 3,000
mm length. The mean values of the density and moisture
content shown in Table 1 of each veneer type were
determined on 10 veneer strips with dimension of 40 x
400 mm, which were stored under the same conditions
(T = 20°C; RH = 65%) and were chosen randomly out of
the staple.
Table 1: Mean values of density and MC

1)

#

Species

Thickness

MC

Density

[-]
Spruce

Veneer
type
[mm]
S1)

[-]
10

[mm]
0.75

[%]
8,32

[kg/m³]
421

10

Spruce

P1)

1.5

8,62

431

10

Beech

P

1.5

7,93

610

10

Beech

P

3.2

8,20

625

… P = peeled veneer; S = sliced veneer

Two vacuum-bags with dimensions 2,800 x 1,300 mm
2,600 x 500 mm were used. The vacuum pump (woodtec
Frankhauser, Modell VP 8.00.94.220) served a vacuum
pressure of 0,08 N/mm².
In the tests a polyurethane (PU) adhesive (Hencel Loctite
HB 181) was used. The PU was spread by a flat adhesive
spreader with an average amount of 190 g/m². The
moulds were made of extruded polystyrene foam (XPS)
with a length of 1,200 mm. The different cross-section
dimensions and shapes are shown in Figure 12.

Figure 12: Geometry of male forms in mm

3.1.2 Methods
To estimate the formability of veneers U-shaped sections
with different geometries were manufactured by using a
vacuum-bag moulding technique. The forming results
were visually examined on defects, which may occur if
the veneers with interposed adhesive are deformed to a
high extent. A defect is defined as a crack, fracture or
rupture on the surface of the manufactured element,
which can visibly be examined.
The U-shaped sections were defined within the
following parameters:
• radius of curvature,
• layer-setup,
• veneer thickness,
• veneer type, and,
• wood species.
Table 2 depicts the different parameter sets that were
used to carry out the forming tests with the vacuum-bag
moulding technique. The obtained defects were
documented and visually analysed.
3.1.3 Manufacturing process
The main steps of the vacuum bag moulding process are
outlined below:
Step 1: Conditioning of the veneers in a climate
chamber
Step 2: Cutting veneers to requisite dimensions
Step 3: Applying of adhesive on one side of the veneer
surface and arranging the layer-setup
Step 4: Placing the assembly on the male form and in
the vacuum-bag
Step 5: Applying negative pressure by the vacuum
pump
Step 6: Releasing the assembly after the glue is cured
Step 7: Visual examination of the forming result

Figure 13: Manufacturing process
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Radius of
curvature

Number of
veneers

Layersetup

Thickness
of single
veneer

Veneer
type

Species

Test No.

Table 2: Parameters for bag moulding

L2)
T2)
[-]
[-]
[-]
[-]
[-]
[mm]
[mm]
[mm]
B-01
P1)
3.2
1.5
L-T-L-T-L
5
100
B-02
P
3.2
1.5
L-T-L-T-L
5
75
Beech
(Fagus sylvatica)
B-03
P
3.2
1.5
L-T-L-T-L
5
50
B-04
P
1.5
1.5
L-T-L-L-L-T-L
7
18
S-01
Spruce
P
1.5
1.5
L-T-L-L-L-T-L
7
75
S-02
(Picea abies)
P | S2)
1.5
0.75
L-T-L-L-L-T-L
7
50
S-033)
P|S
1.5
0.75
L-T-L-L-L-T-L
7
50
1)
… P = peeled veneer; S = sliced veneer, P | S = longitudinal layer (peeled veneer) | transversal layer (sliced veneer)
2)
... L = longitudinal layer; T = transversal layer
3)
… elastic layer between bag and veneer

3.1.4 Results and Discussion
Table 3: Results for vacuum-bag moulding

Test-No.
[-]
B-01
B-02
B-03
B-04
S-01
S-02
S-03

Defect
[-]
no defect
no defect
no defect
defect
defect outer layer
defect outer layer
no defect

However it is interesting that the concave surface
showed no defects, although the inner radius on the
concave side is smaller than the outer radius on the
convex side. The origin of this behaviour may be a
tooling slippage (see section 2.1.1), which can cause
friction forces between the bag and the veneer and result
in stresses and failures perpendicular to the grain of the
outer veneer layer. To find out if a reduction of the
relative slippage between the outer veneer and the tool
(vacuum bag and additional layer) may lead to a forming
result without defect an elastic layer (MAX HPL
postforming plate, thickness 0.80 mm) was placed
between the bag and the veneer on the concave side,
which should minimize friction forces transmitted to the
outer veneer.

In general the first tests on forming beech veneers
confirmed a higher degree of formability compared to
spruce veneers. Using beech veneers with an
approximate moisture content of m.c. ≈ 8 % a radius of
curvature of r = 50 mm could be achieved, as shown in
Table 3. The test on B-04 with the lower radius r = 18
mm resulted in a defect. Thus the minimum radius of
curvature for the tested layer-setups will range between
50 > r > 18 mm.
Figure 15: Forming results for spruce veneers

Figure 14: Forming results for beech veneers

As shown in Table 3 the specimens S-01 and S-02 made
of spruce veneers could not be formed without defects,
which occurred on the convex side mainly in the
latewood areas of the U-shaped elements (Figure 15).

The specimen manufactured with the interposed elastic
layer showed no defects, which leads to the assumption
that the elastic layer has a positive effect on the forming
result. Apart from that, it can be assumed that the main
difficulties for forming spruce veneers are (i) the big
differences of the physical (density) and mechanical
properties (strength, stiffness, elasticity) between earlyand latewood and (ii) the uneven distribution of earlyand latewood areas. The obtained low formability of
spruce confirms other studies on the minimum radius of
curvature of softwood species [7].
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3.2 MATCHED DIE MOULDING
Another approach is to adapt the geometry of the profile
to a trapezoidal cross-section that allows the use of a
simple unidirectional “matched-die” moulding process
within the range of a minimum pressure along the bondline. In contrast to section 3.1 the investigations focused
on the effect of an interposed elastic layer between the
forms and the assembly. Furthermore another main
aspect, mentioned in section 1.4 was addressed by
analysing the spring back effect and the shape stability
of specimens with a trapezoidal cross-section and
different layer-set up.
3.2.1 Materials
All specimens were made of beech veneer (Fagus
sylvatica) with a thickness of 1.50 mm, which originated
from the same base material used for the investigations
in section 3.1.1. Table 4. contains the layer-setup and the
number of veneers of each specimen for the investigation
regarding the effect of an elastic layer during the
forming operation on the defects of one- and two-waved
specimens.

The shape stability was investigated on one-waved
specimens with the layer set-up and number of veneers
shown in Table 5.
Table 5: One-waved specimens

Test-No.
[-]

Layer
set-up1)

Number
of veneers
[-]

[-]
LL
L-L-L-L-L-L-L-L-L-L-L
11
QLm
L-L-L-L-L-T-L-L-L-L-L
11
QL2
L-T-L-L-L-L-L-L-L-T-L
11
1)
... L = longitudinal layer; T = transversal layer

The dimensions of the cross-section geometry for the
one-waved specimens are illustrated in Figure 17.

Table 4: One- and two-waved specimens

Test-No.
[-]

Layer
set-up2)

Number
of veneers
[-]

[-]
On -10
L-T-L-L-L-L-L-L-T-L
On-08
L-T-L-L-L-L-T-L
To1)-10
L-T-L-L-L-L-L-L-T-L
To-08
L-T-L-L-L-L-T-L
1)
... On = one-waved; To = two-waved
2)
... L = longitudinal layer; T = transversal layer
1)

10
8
10
8

The dimensions of the cross-section geometry for the
one- and two-waved specimen are illustrated in Figure
16.

Figure 16: Geometry for one- and two-waved specimens in mm

Figure 17: Geometry for one- waved specimens in mm

The three pairs of female and male for the moulding of
one-waved and two-waved elements with trapezoidal
cross-section were made of wood. In the tests a
melamine formaldehyde (MUF) adhesive was used. The
MUF was spread by an adhesive roller with an average
amount of 180 g/m². The used elastic layer was a
polypropylene panel with a thickness of 1.50 mm.
3.2.2 Methods
During the forming process friction and slippage
between forms and assembly occur. To evaluate if an
elastic layer between the assembly and the male and
female surfaces may have a positive effect on the
forming results the one- and two waved elements were
manufactured with and without this layer. Similar to
section 3.1 the forming results were visually examined
on defects. In order to investigate the spring back effect
and the shape stability three specimens were
manufactured with three different layer-setups. Both
surfaces of the cross-section of each specimen were
optically scanned (Canon imageRunner Advance
C5235i):
(i) initially after the forming process,
(ii) after a 20 days in a climate of RH 65% and
20°C, and,
(iii) after 180 days in a climate of RH 85% and
20°C.
The relative displacements of discrete points along the
midline of the two edge surfaces (1 to 13, see Figure 18)
between the reference shape (theoretical geometry given
by the shape of the male and female forms) and the
distorted shape were measured after each time step by
using an image processing application. Figure 18

WCTE 2016 e-book | 857

illustrates the method to measure the Δx and Δy of point
12, for instance.

The displacements in x-direction were almost
symmetrical related to the reference point. The QLm
specimen showed the highest and the LL specimen the
lowest proportions of displacements initially after
moulding for both directions (Δx and Δy). After
conditioning in the climate chamber with 20°C |65% RH
for 20 days the absolute Δx values decreased for all
specimens. Furthermore, the storage in 20° C| 85% RH
resulted in increased Δx values compared to the first and
second measurement for all specimens.

Figure 18: Measurement of Δx- and Δy at point 12

The relative displacements between the theoretical
geometry given by the shape of the male and female
forms were calculated and analysed.
3.2.3 Manufacturing process
All profiles were produced by a vertical hydraulic press
(maximum pressing force = 160 tons).
The main steps of the matched die moulding process are
outlined below:
Step 1: Conditioning of the veneers in a climate
chamber
Step 2: Cutting veneers to requisite dimensions
Step 3: Applying of adhesive on one side of the veneer
surface and arranging the layer-setup
Step 4: Placing the assembly between the male and
female form with or without elastic layer
Step 5: Applying unidirectional pressure on forms by
the hydraulic press
Step 6: Releasing the assembly after the glue is cured
Step 7: Visual examination of the forming result
3.2.4 Results and discussion
On the one- and two waved specimen manufactured with
elastic layer and on the one-waved specimen
manufactured without elastic layer no defects could be
obtained. The visual examination of the specimen with
two-waved cross-section and without applying an elastic
layer between the female and male forms resulted in
defects on the outer layer of the cross-section. Similar to
the results in section 3.1.4 it can be assumed that the
elastic layer probably reduces friction forces between the
surfaces of the female and male forms and the outer
veneers during the forming operation.
The results of the investigations on the spring back effect
and the shape stability are illustrated in Figure 19 and
Figure 20, which show the displacements of Δx and Δy
of one side of the cross-section on the position of points
2 and 12 after the three steps, according to section 3.2.2.
The largest displacements were obtained on the layer
setup QLm and LL (Table 5 and Figure 19, Figure 20).

Figure 19: Displacements in x-direction of point 2 and 12

Interesting is the large difference in Δy values of the LL
specimen between the first and second measurement
(Figure 20). This is probably caused by viscoelastic
deformation mechanisms related to the anisotropic
behaviour of wood and the large initial stresses
introduced by the forming operation, which may be
reduced by the interposed transversal layers (QL2 and
QLm). Considering both directions the lowest
displacements after the third measurement could be
observed on the QL2 specimen, which confirms that a
placement of transversal layers can enhance the shape
stability of the product subjected to climate changes.

Figure 20: Displacements in y-direction of point 2 and 12

4 CONCLUSIONS
In general the contribution gave an overview on different
parameters affecting the properties of a new division of
veneer based building products, named as Ultra High
Performance Plywood (UHPP), presented and discussed
different methods of forming veneer structures and
reported on experiences related to manufacturing
processes used under laboratory conditions, with focus
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on two-dimensional forming operations without special
treatment of the base material veneer.
It has been established that a layer between forming
tools and assembly enhances the forming characteristics,
and may lead to a simple method for the production of
UHPP products, e.g. two-waved elements with
trapezoidal cross-sections. A preliminary study on the
spring-back effect and the shape stability of
manufactured elements with trapezoidal cross-sections
confirmed that the position and the proportions of the
layers related to their in-plane fibre-orientation
(transversal and longitudinal) are important factors,
which have to be considered in the product design
(spring back effect) and in the later use of the product
(shape stability - climate changes). In contrast to the
used softwood species the investigations showed that
beech veneers serve a high formability, which may lead
to new opportunities for the industrial utilization of this
wood species as veneer based building product.
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PERFORMANT CONNECTIONS
PRODUCTS

A MUST FOR VENEER BASED

Ernst G hri

ABSTRACT: The structural use of high-strength veneer-based products requires the development of more performant
connections, than those actually used. Great development is going on with glued-in bars. Besides high efficiency,
adequate ductility may be achieved, resulting in robust structural components. The presentation will focus in the
application of glued-in bars inserted parallel to the grain. Generally individual glued-in bars show a very brittle
behaviour. Through special shaping of the steel rod and controlled application of ductile steels, ductile connections with
groups of glued-in rods are now realistic. This is shown in typical applications like tension joints, bending joints in
beams and trusses. By extending the ductility requirements, plastic design of such connections will now be possible.
This opens the way for more performant design of complex structures.
KEY WORDS: LVL, beech, glued-in rods, ductility, robustness, group of connectors, plastic design, trusses

1 INTRODUCTION 123
Veneer based products show not only more uniform but
generally higher physical and mechanical properties than
similar glued laminated products built up from the same
wood species. Furthermore – through the application of
cross veneers – the properties may better be adapted to
specific requirements.
A major problem of wood products is their brittle
behaviour; this hinders them to develop plastic
deformations before failure. Connections must therefore
have adequate ductility to compensate this fact.
Unfortunately no indications about how to achieve
ductile connections will be found in Eurocode 5 –
Design of timber structures. The word “ductility”
appears only once, in section 5 – Basis of structural
design: For structures able to redistribute the internal
forces via connections of adequate ductility, elasticplastic methods may be used for the calculation of
internal forces in the members.
High-strength veneer-based products are indicated for
use in large and more complex structures (here in direct
competition with steel solutions) with a need for ductile
connections to enable desirable load redistribution. At
the same time the inherent properties of the new beech
veneer based products require connections with adequate
Ernst Gehri, em. Prof. ETH Zürich, Switzerland,
gehri@emeritus.ethz.ch

performance. As a result we need performant and
simultaneously ductile connections.
In the last years more attention – at least in the academic
field – was given to the ductile behaviour of connections,
in particular about dowel-type fasteners in shear. We
know better how to define ductility and to express the
non-linear load-displacement or moment-rotation
relations. But finally we have to ensure that timber
components are always stronger than the connections.
This may be the case by using low performance but
ductile connectors (considered as weak points). A major
problem is to define how weak the connector should be,
to ensure that plastic deformation will occur in the
connection before possible failure in the timber
components.
Performant connections may be achieved with glued-in
rods. The following approach is therefore adjusted to the
use of glued-in rods following the GSA-technology, a
connection system with reliable and ductile loaddeformation behaviour.
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2 PERFORMANCE

3 DUCTILITY

2.1 EFFICIENCY OF A CONNECTION

3.1 PRINCIPLE

The simplest way to express the efficiency of a
connection is to relate the load-carrying capacities of the
connection to the timber element. This is shown in
Figure 1.

Joints in timber elements are normally the weak points
of the construction. Joints may show besides low
strength also a small deformation capacity. The failure
mode is therefore brittle and likely load transfers are
quite excluded. The whole system will than act as a
chain and the ultimate load is determined by the weakest
chain-link. If compatible with the connection in
consideration, systems with high deformation capacity
should be preferred.
3.2 FINGER JOINT
Finger-jointing shows highest strength with only small
reduction of stiffness (compared with an unjointed
member). Joints behave pronounced brittle. Due to the
high strength this effect plays a minor role, but in
connection with low strength i.e. due to defective
manufacture this may have a catastrophic effect.

Figure 1: ra e o e iciency o a joint

The efficiency of most mechanically connections is
restricted, mostly due to the great amount section
reduction, i.e. the case for dowel-type systems. Values of
= 0.6 to 0.65 may hardly be achieved. By using gluedin rods a value of = 0.8, based on design values, may
be reached.
2.2 TYPE OF LOAD PATH
Highest performance may be achieved where the flux of
strains or forces shows the smallest deviation. From
Figure 2 it is easily understandable the better
performance of glued-in rods compared to dowels in
shear.

Figure 2: oa -path o glue -in ro an o

3.3 MECHANICAL JOINTS
Conventional mechanical joints have, in general, a lower
strength and reduced stiffness. Furthermore the most
used connector, the dowel-type connector shows – when
using the standard design specifications according to
Eurocode 5 – a failure mode with generally very small
deformation. To overcame this and ensure a more robust
connection, joints have to be designed to a considerable
lower strength level, to take in account the large scatter
or variation of strength values.
Instead of a reduction, the reciprocal condition – a socalled over-strength factor – may be introduced,
resulting in any case in a lower load-carrying capacity
and therefore to a lower efficiency of the connection (see
Figure 3).

o el in shear

To each glued-in rod a section of the member to be
jointed can be assigned. In the case of a connection with
dowel-type fasteners there is always a superposition with
severe strain peaks.

Figure 3: Con ition or a relia le an
connection

ro ust

o el-type

Only through additionally measures, like local
reinforcements of the timber in the connection zone, to
avoid premature splitting failure, the reduction or the
over-strength factor may be decreased.
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3.4 GLUED IN RODS
By using glued-in rods following the GSA-technology,
there is a clear allocation between the gluing of the rod
to the timber member and the behaviour of the rod:
Glued connection: stiff, strong, but brittle
Load-carrying capacity governed – by using adequate
adhesive – only by the shearing strength of the member,
a property strong related to other material properties of
the member (see Figure 4). Failure mode: in the wood
adjacent to the glue-line. The transfer from the adhesive
to the profiled rod is assumed purely mechanical.
Figure 6: Con ition or a relia le an ro ust glue -in ro
connection

Compared to the dowel-type connection, since reliable
basis for both failure modes exist – at least for the GSAsystem – the margin may be kept small.

4 DUCTILE BEHAVIOUR OF GROUP
OF GLUED IN RODS
4.1 GROUP EFFECT

Figure 4: hearing strength

oo property

GSA-rod: steel rod with special shaping and use of
adequate and controlled strength properties (see Figure
5). Quality control guarantees small scatter or variation
between Fax,rod95% and Fax,rod5%.

The group effect, i.e. the reduction of load-carrying
capacity of an individual fastener when acting in a group
or acting in a row parallel to the grain direction is well
known and considered in most actual codes. Less known
is that the reduction can be avoided when a ductile
behaviour of the connection is provided.
For n dowels acting in a row parallel to the grain EC5
considers a reduction factor kred = n-0.1(a1/ay)0.25 with
a1=distance between fasteners and ay = distance above
which no interaction of neighbouring fasteners is
assumed (for softwoods ay = 13 to 15d; for hardwoods ay
= 9 to 10d).
For n axially loaded screws or glued-in rods in a
connection kred is usually taken as: kred = n-0.1.
By using fasteners with adequate ductility kred can be
taken equal to 1, i.e. that force redistribution among the
fasteners is ensured.
4.2 CASE OF GSA RODS PARALLEL TO GRAIN

Figure 5:
-ro s ith same loa -carrying capacity
i erent loa -elongation eha iour

ut

The shearing strength or the brittle pull-out strength of
the GSA-rod and the ductile steel behaviour are in
certain limits independent. Therefore the condition
Fax,shearing,5% > Fax,rod,95%
can be fulfilled, as long correct knowledge of the pullout capacity (to be established under reliable practical
conditions) and efficient control of rod strength. The
result is shown in Figure 6.

Assuming the relationship of the pull-out strength is
empirically known, i.e. Fax,shearing =
Aef with the
effective shearing surface Aef =
dhole ad ( ad=partial
length of rod glued-in). For each combination of member
material and GSA-rod this relationship has to be
established experimentally. For the combination of LVLbeech (BauBuche) and GSA the result is shown in
Figure 7.

WCTE 2016 e-book | 862

Pull-out strength in function A_ef
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200
180
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140
120
100
80
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40
20
0

approach n'H
individual pull-out
group of rods
0

10000

A_ef in mm^2

Figure 7: pproach y n

an e perimental alues

Tests with different diameters and groups from 4 up to
10 glued-in rods in one connection, designed just below
Fax,shearing,5%, have shown the adequacy of the procedure
(see Figures 8 and 9).

group (ductile)

20000

30000

A_ef in mm^2

Figure 9: Comparison o in i i ual pull-out strengths to
groups o glue -in ro s alues per ro
ith uctile eha iour

Figure 10: nclu e

e iations group o

ro s

As can be seen in Figure 11, the same load-carrying has
been achieved as a similar connection with correct
fastened rods (no clearance); only part of the plastic
deformation was activated to compensate the clearances
provided.
group of

Figure 8: esting o an assem ly ith t o e ual connections

600

total force in kN

All the tests with groups of rods presented large
displacements (above 5 mm) and exactly the same loadelongation curves as an individual tested steel rod. Tests
were stopped, since expensive testing of steel properties!
The achieved large ductility allows considerable
fabrication tolerances. Some connections were provided
with larger “errors” or deviations (see Figure 10).

rods - clearance effect

500
400
300

clearance 4*1,2 mm

200

clearance 2*2 mm

100

no clearance

0

0

1

2

3

4

5

displacement in mm

Figure 11: oa - isplacement cur es or connections
large a rication tolerances

ith
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A

PLASTIC DESIGN

B

.1 TIMBER AND PLASTIC DESIGN
Unlike steel who shows a pronounced plastic behaviour
which may be used in the design procedure of structures
or structural elements, timber presents a strong brittle
behaviour for quite all strain conditions.
As a result the design of timber structures or structural
assemblies is actually based on linear elastic models.
When connections with adequate ductility are used,
elastic-plastic are allowed. In such a case redistribution
of internal forces is possible. Here the main problem
consists in the lack of reliable information about
deformation properties of the connectors. Reliable
design requires therefore consideration of large so-called
over-strength
factors
respectively
introducing
connections with reduced or low efficiency.
Another way is presented when applying glued-in rods
according to the GSA-technology.
.2

GSA TECHNOLOGY AND PLASTIC
DESIGN

As shown before (see section 4), as long as the condition
Fax,rod,95% < Fax,shearing,5% is fulfilled, the joints will behave
like steel elements. Therefore the well-known steelplastic design methods may be applied for the design of
such joints. We have only to assure that the rods have
appropriate strength level and ductility. This is area of
responsibility of the GSA-technology.
The validity of this approach will be illustrated for the
case of pure bending joint in a timber beam using GSArods. The following simplifies requirements are used:
Linear stress-strain relationship (validity of Hook) up to
yield (fy) and then plastic plateau (see Figure 12).
Sections remain plane, also in the plastic range.

Figure 13: ossi le esign con itions

A
B

Free rotation: only steel rods effective (assumption
of substantial gap).
Restrained rotation: with additional compression
zone active (normal case).

.3 CASE STUDY: ONLY RODS EFFECTIVE
For the case of a moment joint where only the rods are
active (assume for that a gap between the timber
members to be jointed), we obtain – depending of the
load level – the following deformations (see Figure 14)
and the corresponding forces in the rods.

Figure 14:
ro s

ypical e ormations an

orces in the glue -in

Depending on the steel section considered, the ratio
Wpl/Wel or Z/W is given in Figure 15.

Figure 15: Ratio o plastic to elastic moment o resistance

Figure 12: ssume stress-strain relationship

Two possible
considered:

conditions

(see

Figure

13)

were

For joints with glued-in rods (assimilate the singular rods
to a rectangular section or steel plate of equivalent
thickness) a ratio of about 1.5 should be possible. This
was proved by testing a beam joint (120/310 mm in
BauBuche) with glued-in rods type GSA16.8.
Displacements were measured over the beam depth
(length over the joint = 300 mm), as presented in Figure
16.
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In Figure 19 are presented the beam rotation (over a
length of 300 mm without joint) and the momentrotation including the steel joint (deformation of the steel
rods).
Joint with compression zone moment rotation
140
moment in kNm

120
100
80

beam rotation

60
with joint
rotation

40
20

Figure 16: oint ith gap o

mm measurement system

0

In Figure 17 are presented the beam rotation (over a
length of 300 mm without joint) and the momentrotation including the steel joint (deformation of the steel
rods).
Also the calculated values (based on the properties of the
rods) of Mel and Mpl are compared to the measured
values:
Mel,cal = 81.6 kNm
Mel,test = 82 kNm
Mpl,cal = 116 kNm
Mpl,test = 121 kNm
Joint with gap moment-rotation

moment in kNm

5

10

15

20

25

oment-rotation restraine joint

Also the calculated values (based on the properties of the
rods and assuming a contact zone of about 0.25 h beam) of
Mel and Mpl are compared to the measured values:
Mel,cal = 90.8 kNm
Mpl,cal = 127 kNm

Mel,test = 91 kNm
Mpl,test = 137 kNm

TO SUM UP

For the plastic design of a bending joint two approaches
are possible:

120
100
80

beam rotation

60
total, beam with
joint rotation

40
20
0

Figure 19:

.

140

0

rotation (on 300mm beam length) in rad 10^-3

0

5

10 15 20 25 30 35 40

rotation (on 300m beam length) in rad 10^-3

Figure 17:

oment-rotation ase on eam length o

mm

.4 CASE STUDY: JOINT WITH TIMBER
COMPRESSION ONE
This represents normal joint configuration. Through the
creation of a compressive zone the rotation will be
hindered and the resistance increased (see Figure 13,
right).

Figure 18: oint ithout gap

ith compression one

A – Use of the very simple conservative approach for
free rotation (only steel rods active).
B – Assume a realistic position of the resultant
compression (reaction) force; calculate with the now
known (geometric given) lever arms the plastic moment.
Note: The moment-rotation (restrained rotation) leads to
a smaller rotation capacity; furthermore the ductility
requirements are higher for this case.
The efficiency of glued-in rods in GSA-technology is
high; the characteristic bending strength of an unjointed
beam (for BauBuche with fm,g,k = 70 N/mm2) is of same
magnitude: Mbeam,k = 135 kNm!
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CASE STUDY: TRUSSES
.1 USE OF HARDWOODS

In a second step the behaviour of a typical connection in
a truss was analysed (see Figure 22) and tested.

For long span structures trusses are the more indicated
structural type. The use of glued-in rods for the
connections goes back to the early 90ties. In 2003 a large
heavy loaded truss was built-up from glued-laminated
hardwood (ash) components using glued-in rods in GSAtechnology (see Figure 20).

Figure 22: ypical connection in a truss ith acting orces an
eri ation o test proce ure ith similar strain situation

Figure 20: russ gir er har
ith glue -in ro s

oo

components connecte

Since then components of glued-laminated hardwood
were regularly applied. New is now the use of higher
strength LVL-beech components.
.2 TRUSSES BUILT UP FROM LVL BEECH
First were investigated the load-carrying capacity of
glued-in rods acting parallel to the grain. Based on pullout tests (see section 4) an optimized design of the
glued-in rods based on the GSA-technology was used.
As a result of this procedure we obtained the same
deformation capacity: in the steel rod; in an individual
glued-in rod and as well as in a group of rods. The loaddisplacement curves were always governed by the
geometry and material properties of the rod (loadelongation relationship).

Figure 23: est specimen o typical connection in a truss ith
measurement e ice o tension an compression joint

The tested connections showed a similar ductile
behaviour, as can be seen in Figure 24. As a result: when
the glued-in bars start to flow the end moments tend to
disappear; the connection behaves like an articulation
(hinge). The diagonals of the truss (and their
connections) may therefore be designed for normal
forces only.
FWK Tension diagonal connection
tension force in kN

700
600
500
400
300
200
100
0

0

1

2

3

4

5

6

displacement (basis 300 mm) in mm

Figure 21: oa - isplacement cur es
ro alone steel elongation
in i i ual glue -in ro
C group o glue -in ro s per ro

Figure 24: oa - isplacement cur e o tension connection
measurement ase on
mm length
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Figure 25: spect o connection at the eginning o plastic
e ormation

Figure 28:
connections

easuring e ormations o

iagonals an o the

The displacement of a diagonal connection is compared
with the earlier measurements made on same glued-in
rod configuration (see Figure 29) and tested individually.
Truss test was stopped at an elastic stage; deflection of
the steel beam was about 4 times deflection of truss
girder creating therefore a dangerous spring action.
truss displacement diagonal connection

Figure 26: ailure o the steel ro s a ter plastic e ormation o
more than mm no pull-out ailure no oo ailure

In a third step full truss-girders were tested. They
showed up a high stiffness, governed mainly by the
sections area and modulus of elasticity of LVL-beech;
the joint deformations made only about 15% of the total
truss deflection. Furthermore – as expected – the loaddeflection curve was elastic and linear up to 90% of the
load-capacity (see Figure 29).

Force in the diagonal in kN

400
350
300
250

truss test

200
150

identical
connection

100
50
0

0

2

4

6

8

displacement in mm

Figure 29: isplacement o

iagonal connection

.3 OUT COME
The design of trusses with components of LVL-beech
and GSA-technology leads to stiff and ductile structures.
Through adequate ductility of the glued-in connections
the diagonals may be designed as with hinged
conditions. Any end-moments will – when the
connection starts plasticization – disappear, before the
steel failure (at higher level) will occur.

Figure 27: est o a truss gir er ith epth o
m pper an lo er cor section
ith section
mm uilt in
- eech

m an span o
mm, iagonals
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CONCLUSIONS
Through an optimized combination of high-strength
beech
veneer-based
components
with
more
homogeneous properties and of glued-in rods type GSA
(especially tailored and adjusted to avoid brittle pull-out
failures in the timber) with large deformation capacity,
extremely efficient and performant connections are now
available.
The result is a ductile behaviour of the connections and
therefore of more robust structures or structural
elements, like truss girders. The application of high
ductile steels allows even the use of plastic design
methods. This leads into an increased load-carrying
capacity or into a more efficient utilization of the
resource wood.
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STRUCTUAL CHARACTERISTICS OF TRADITIONAL JAPANESE
COLUMN AND PENETRATING BEAM JOINT
Kaori Fujita1, Junya Nishihama2 and Eunmi Shin3
ABSTRACT: This paper aims to reveal the historical background, chronological transition and the structural
performance of the column and penetrating beam joint used in traditional Japanese structures. The penetrating beam has
been used in Japan since the end of 12th century and the frame consisting of column and penetrating beam has been one
of the main horizontal load resisting elements. The chronological transition of the shape of the joint has been revealed
based on literature survey. Static loading test of the joint has been operated on several typical types of joint based on the
literature survey was operated. The moment resisting performance has been clarified and discussed.
KEYWORDS: Scarf joint, Horizontal Load, Moment Resisting Joint, X-ray Investigation

1 INTRODUCTION
Structures in Japan are forced to face severe horizontal
force induced by earthquake, wind and tsunami. This
paper discuss the horizontal load resistance of traditional
timber structures in Japan.
The horizontal load resisting elements of traditional
timber structures in Japan are mainly the shear wall and
frame. Traditional shear wall are the timber plate siding
wall and mud wall with bamboo or small dimension
timber for substrate. For structures with wide openings
and small amount of shear wall, the frame consisting of
column and penetrating beam is the main horizontal load
resistance. There are multiple research on the horizontal
load resistance of shear walls and has been implemented
in our structural regulation. However due to the variety of
the shape of joints the structural performance of the frame
is still based on individual experiments, although it is one
of the main horizontal load resisting element. This
research aims to clarify the structural performance of
column and penetrating beam joint in order to determine
the performance of the column and penetrating beam
frame.

2 COLUMN AND PENETRATING
BEAM JOINT
2.1 HISTORICAL BACKGROUND
The penetrating beam otherwise called batten or nuki in
Japanese, was first introduced to Japan from China in the
end of 12th century together with a new doctrine of
Buddhism, Zen. The penetrating beam is a horizontal
member which penetrate the column through a hole and
secured with a wedge. Figure 1 illustrate the column with
two penetrating beams. Before the implementation of the
penetrating beam, the frame was connected with two
beams sandwiching the column, called nageshi in
Japanese. As the penetrating beam was secured with a

wedge, the moment resistance of the joint was much
higher compared to the former sandwiching beam.
Therefore the penetrating beam has been used in the
Japanese traditional timber structures ever since, and has
worked as one of the main horizontal load resisting
element.

Picture 1 Main hall (Butsuden) of Kenchoji temple)

?

Penetrating beam
Siding wall
Column

Picture 2 Column
and penetrating
beam joint
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2.2 STURCUTRAL CHARACTERISTIC OF
COLUMN AND PENETRATING BEAM
The column and penetrating beam joint can be modelled
as a semi-rigid joint and the load displacement
relationship can be determined by applying the elastoplastic theory of timber perpendicular to the grain by
Inayama [1]. But more often, penetrating beams are
composed of two beams connected inside the column. The
shape and detail of the penetrating beam joint inside
column has strong influence on their structural
performance.
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Figure 2 Example of the repair report of important
cultural property
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Figure 1 Horizontal load resistance of the frame
2.3 LITERATURE SURVEY ON THE COLUMN
AND PENETRATING BEAM JOINT

Other types of joints
Figure 3 Examples of different types of joints used in
column and penetrating beam joint

Literature survey on the chronological transition of the
shape of the penetrating beam joint inside the column was
operated (Fig.2). Preceding research by Minamoto [2],
show that the main type of joint is the scarf joint
(Ryakukama in Japanese) as shown in Fig.3
The authors operated literature survey on 136 timber
Buddhist temple halls Nishihama [3]. The target buildings
are important cultural properties designated by the
national government, built after 12th century, located in
Kyoto and Nara. Out of these 136 Buddhist halls, 50 had
undergone total or partial dismantlement repair, and 48 of
them have written documental reports on the repair
(Fig.2). Some of the reports have detailed information on
the size and shape of the joints but others had only pictures,
drawings or literal information on the shape of joints.

Out of these 48 reports, there were 25 reports with
information on the column and penetrating beam joint.
Out of 25 buildings surveyed, 21 buildings used some
type of scarf joint (Ryaku-kama in Japanese).
There are three types of scarf joint (A, B and C) as seen
on the left side of Figure 4. The right side of Figure 4 show
the relationship between the type of scarf joint used and
the year of construction of the building based on
preceding research by Minamoto [2] and the above
mentioned literature survey by the authors [3]. The figure
show that type A was the earliest style and from mid 15th
century type B and C, especially C become dominant.
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Figure 4 Types of scarf joint and year of construction of Buddhist temple halls
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2.4 SHAPE AND DETAIL OF SCARF JOINT
USED IN COLUMN AND PENETRATING
BEAM JOINT

h

B
H

ℓ
D

D: width of column
B: width of
penetrating beam
H: height of
penetrating beam
l: length of joint
h: height of joint
Figure 5 Detail of
scarf joint (Ryakukama)
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Figure 6 Width of column and penetrating beam
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The detail of the scarf joint used in the above mentioned
25 Buddhist temple halls was surveyed [3]. Figure5 show
the representative shape of scarf joint together with the
naming of each part. The length D is the width of the
column.
Figure6 show the relation between the width of column
(D) and the width of penetrating beam (B). The width of
the column are about 250 to 500mm in dimension. The
width of the penetrating beam are 50 to170 mm. For most
of the buildings the width of the penetrating beam is
approximately 1/4 to 1/2.5 of the width of the column. The
two exceptional examples which show that the column is
5 times wider than that of the penetrating beam, both of
them have the width of the column 260mm.
Figure 7 show the width (B) and height (H) of the
penetrating beam. The height of the penetrating beam are
100 to 250mm in height. The height is range from 1.0 to
2.0 times the width of the beam.
Figure 7 show the relation between the width of the
column (D) and the length of the joint (l). The width of
column are 250-500 mm. Then length of the joint range
from approximately 0.5 to 0.8 of the width of column.
Figure 8 show the relation between height of penetrating
beam (h) and height of joint. The height of penetrating
beam are 100 – 250 mm and those of joint are 50 – 130mm.
The relationship show that the height of the joint are either
0.5 or 0.8 times the height of the penetrating beam. As
referred to earlier, there are three types of the shape of the
scarf joint A, B and C. All of the joint with the height 0.5
times those of the penetrating beam are of type A or B.
For type C all of the height of the joints are 0.8 times the
height of the penetrating beam.
Concerning the moment resistance of the column and
penetrating beam, the longer height of the joint as seen in
type C can be assumed to have a positive effect compared
to A and B. But in the case of tensile force, as the shear
area of the joint for Type C is much smaller compared to
A and B therefore the latter should show higher strength.
The above results can be summarized as follows:
Width of the column (D) and penetrating beam (B):
B=1/4D to 1/2.5D
Width and height (H) of penetrating beam (B):
H=B to H=2B
Width of column (D) and length of joint (l):
l=0.5D to l=0.8D
Height of penetrating beam (H) and joint (h):
h=0.8H (for type C) and h=0.5H (for Type A and B)
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Figure 9 Height of penetrating beam and joint
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The specimen were named as follows.
R: Ryaku-kama (type of scarf joint in Japanese)
l or s : long (l=0.8D), short (l=0.5D)
h or i : horizontal (h=0.5H), inclined (h=0.8H)
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140

0
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3.1 SPECIMEN
Through the results of literature survey on the detail of the
size and shape of the scarf joint used in 25 Buddhist
temple halls described in 2.3 and 2.4, four representative
shape of scarf joint were selected as specimen for bending
test. The width of the column for the main specimen was
decided to be 200mm in order to preserve continuity with
the past experiments by the authors [4], [5]. The other size
were decided based on the literature survey as follows.
Width of penetrating beam (B): B=1/3D = 60mm
(D=200mm)
Height (H) of penetrating beam: H=2.3B=140 mm
Length of joint (l):
l=0.5D = 100mm (short),
l=0.8D = 160mm (long)
Height of joint (h):
h=0.5H = 70mm (horizontal)
h=0.8H = 110mm (inclined)
The shape together with the naming of the specimen are
illustrated in Figure 10. The grey thick line sandwiching
the specimen represent the column. Three specimen were
used for all types of the specimen for the experiment.
The length of the joint (l) in relation with the width of the
column (D) and the height of the joint (h) in relation with
the height of the penetrating beam were chosen as two
parameters. The latter represent the three different types
of scarf joint A, B and C referred to in literature survey.
Another size 160mm column was also used for the
experiment to discuss the size effect of the specimen.
The timber used for the specimen were Cryptomeria
japonica, (sugi in Japanese), the width of annual ring 3 to
5 mm. From the result of material test, the average
specific gravity was 0.36, moisture content was 12%,
Young’s modulus in the transverse direction 0.31kN/mm2.

shown in Figure 11. Horizontal load was applied at the top
of the column to generate moment at the column and
penetrating beam joint. Four types of joints as mentioned
above was tested in comparison with a penetrating beam
with no joint inside the column. The bending moment
applied to the joint in relation with the shape of the joint
is illustrated in Figure 12. As the joint is asymmetrical in
shape the rotation direction is assumed have effect on the
result.
The specimen is connected to the loading apparatus using
pin joints. The load was measured by a load cell installed
to the hydraulic jack. The displacement was measure by
displacement transducers.
The experiment was a static cyclic loading test until
1/10rad, repeating one cycle for each target displacement.
After 1/10 rad. the specimen was loaded in one direction
until failure was observed. If no failure was seen the
experiment was operated until the displacement angle of
1/4 rad. In order to understand the asymmetry of the shape
of the joint the large displacement loading (1/10 to
1/4rad.), no1 and 3 for each type of specimen were pulled
and no.2 was pushed.

Section

1

2
Sp ecim en

500

3 STATIC LOADING TEST OF
COLUMN AND PENETRATING
BEAM JOINT

φ

500

500

Fig. 11 Detail of specimen and loading apparatus

Push (+)

Pull (-)

Figure 12 Rotation applied to the joint
3.3 MOMENT DISPLACEMENT ANGLE
RELATIONSHIP
Figure 10 Shape and size of specimen
3.2 METHOD OF EXPERIMENT
In order to determine the moment resistance of the column
and penetrating beam joint, static loading test was
operated. The column was replaced by two steel plates
supporting the penetrating joint from below and above as

The load displacement relation was converted to moment
displacement angle relation by the below procedure. The
results are shown in Figure 13 for all the specimen.
Moment(kNm)=P(kN)*1(m)
Angle(rad.)= average displacement (1-2)(mm)/500(mm)
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3.4 RESULT OF EXPERIMNET
The result show that all the hysteresis curves are pinched
curve with fairly low energy dissipation, which is a
typical characteristic of traditional timber joint. From the
cyclic loading curvature the stiffness and load is
comparatively lower in the plus range, when the vertical
joint of the penetrating beam separate.
Figure 17 to 20 show the result of the envelope curve for
each type of specimen and their failure mode. The
envelope curve show the result of plus and minus results
in different colour: plus in blue and minus in red, and the
result of penetrating beam with no joint by prior
experiment by the authors [4] is shown in comparison.
The initial stiffness compared with that of the beam
without joint was approximately 50% for all the beams
with joints. The beams with joints showed bending
failure at the deformation angle of 1/10 to 1/7rad.
whereas the beams without joints did not fail even when
the displacement reached 1/7rad. The yield load was
1.5kNm to 2kNm or 1/60rad. to 1/30.rad.
The procedure of failure for shape B (specimen R-lh and
R-sh) was, (1) plastic deformation of the penetrating
beam by partial compression perpendicular to the grain
by the edge of the column. (2) At approximately 1/30rad.
in the plus displacement, splitting of the beam parallel to
the grain at the centre of height. (3) After 1/10rad. in
plus displacement range, vertical cracking of the beam
from the edge of the column.
The difference of R-lh and R-sh are the length of the
joint, where R-lh is 80% of the width of the column and
that of R-sh is 50%. The result show that the load
displacement relation is fairly close in the plus direction,
but for the minus direction R-lh show higher stiffness
and load. After 1/10 rad. in minus direction R-lh with the
longer joint length, the stiffness does not decrease, but
for R-sh with the shorter joint length, the stiffness
become lower. From the illustration it can be identified
that the two beams with the shorter joint (R-sh) show
separation at the joint, which is the cause of the decrease
in stiffness.
The procedure of failure for shape C (specimen R-li and
R-si) was, (1) plastic deformation of the penetrating
beam by partial compression perpendicular to the grain
by the edge of the column. (2) At approximately 1/30rad.
in the plus range, splitting of timber parallel to the grain
was observed in the center of the beam. (3) After
1/10rad. vertical cracking of the beam from the edge of
the column was observed and the load decreased.
From literature survey type C is known to have appeared
after A and B chronologically. One of the intensions is
assumed to increase the bending stiffness and load by
enlarging the vertical dimension of the beam at the edge
of the joint. From the deformation characteristic it is
apparent that when the bending moment is applied in the
plus direction the effective dimension of the beam for
bending is approximately 0.5 of the height for type B (Rlh and R-sh) whereas that of type C (R-li and R-si) is 0.8.
The bending stiffness (I=wh3/12) would be 0.125 and
0.512, bending strength (Z=wh2/6) would be 0.25 and

0.64 times the beam without joint comparatively. But
from the result of the experiment, the difference of the
two types are not apparent, moreover the minus direction
of R-Si show relatively smaller stiffness. This is
assumed to be the result of the horizontal splitting of the
beam of R-li.

4 CONCLUSION
The chronological transition of the shape of the joint of
the penetrating beam, which has been used in Japan since
the end of 12c was revealed based on literature survey.
From the result, a large proportion of the penetrating beam
have joints inside the column and 90% of these joints were
found to be scarf joint (Ryaku-kama in Japanese). Three
types of scarf joints were found and the transition was
seen to appear at the end of 15th century. At the end of 15th
century a new type of scarf joint, with diagonal joint
appeared and became dominant. The shape and detail of
the joints were surveyed through literature and analysed.
From these results the four prototype of the scarf joint was
designed and targeted for static loading test.
Static loading test of the column and penetrating beam
with joint has been operated on several typical types of
joints and their moment resisting performance has been
clarified and discussed.
From the result of cyclic and pushover static loading test
of column and penetrating beam joint, the structural
characteristics are discussed. The penetrating beam with
the four types of joints were compared with the result of
penetrating beam without joint, and the initial stiffness
was approximately 50%. The procedure of failure was,
plastic deformation by the partial compression of the
column edge, splitting of the beam at approximately
1/30rad. in the center of the beam parallel to the grain and
finally after 1/10rad. cracking of the column
perpendicular to the grain at the edge of the column was
observed. The difference of structural characteristic of the
joint was discussed in connection with the shape of the
joint.
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STIFFNESS ON COLUMN CONNECTING BEAM JOINTS OF
TRADITIONAL WOODEN STRUCTURE IN KOREA
Jon

oo H an

ABSTRACT: This study investigates the capacity of column-connecting beam joints in Korean traditional wooden
structures through an experimental program. Most of such wood joints without the mechanical fastener are supposed to
transfer forces by friction along interfaces between components and thereby, the stiffness relying on such columnconnecting beam joints contributes to lateral stability of wooden structures if lateral forces exist. Understanding of the
force transfer mechanisms in column-connecting beam joints starts with identification of tension, compression and
bending components. To identify roles of components an experimental program including six column-connecting beam
joints of half scale was prepared. According to joint fabrication schemes and details column diameter of 240mm and
lintel width of 126mm with depth of 198mm were prepared. Tests of components in tension for each test specimens are
essential to estimate their stiffness and strength with the minimization of interaction of other elements involved in
joints. Column-connecting beam joints of half scale models in tension forces in were applied by hydraulic actuators
attached at the end of lintel and controlled by displacement. The speed of hydraulic actuator was kept as 0.5mm/sec.
Vertical loads of different type were applied to determine the influence of bearing stresses on joint stiffness simulating
roof loads.
KEYWORDS: Traditional wooden structure, Joint, Stiffness

1. INTRODUCTION 123
At present, there are 22 national treasure and 122
treasure wooden architectural structures among 308
national treasures and 1,508 treasures in South Korea.
The efforts for preservation of architectural wooden
treasure are constantly making process. Although it
didn’t be decided on as a policy about safety check, the
research project for safety check for wooden
architectural treasures had been carried out by Cultural
Heritage Administration of Korea. Also, the researches
to evaluate whether the frame of wooden architectural
treasure is safe or not have been carried out by National
Research Institute of Cultural Heritage. In the result of
these researches, a few papers focused on the joint
stiffness of Korean traditional wooden structure are
being published.
Main themes of these papers were joint stiffness for
large crossbeam direction (Fig. 1), roof purlin direction
(Fig. 2). There are some limitations not to present
generalized joint stiffness model to consider the change
of element section and load in this papers. However,
they made significant contribution in that they provide
meaningful direction for next research on the joint
stiffness and dynamic characteristic of Korean traditional
wooden structure.
Korean traditional wooden structure is a prefabricated
structure in which complete integration among structural
1

Jongkook Hwang, Korea National University of Cultural
Heritage, jkhwang@nuch.ac.kr

members is not guaranteed. Because of the use of
numerous structural members, the traditional wooden
structure seems to be statically indeterminate structure
with many degrees of indeterminacy. In fact, however, it
exposes structural behavior similar to that of a statically
determinate structure due to the insufficient rigidity at
each joint. To sustain such a structure for a long time, a
balance of force process and sufficient joint stiffness
must be maintained. Accordingly, this paper aimed to
investigate the capacity of column-connecting beam joint
when tension acts.
Most wood joints without mechanical fastener are
supposed to transfer forces by friction along interfaces
between components. Thereby, the stiffness relying on
such column-connecting beam joints contributes to
lateral stability of wooden structures if lateral forces
exist. Understanding force transfer mechanisms in
column-connecting beam joints starts with identification
of tension, compression and bending components. To
identify roles of components, an experimental program
including six column-connecting beam joints of half
scale was prepared.
The purpose of this program was to estimate the capacity
of column-connecting beam joint in which tension acts.
Tension capacity was investigated for each experimental
model. Vertical load on the joint was considered as
variable to evaluate differing tension capacity of joints to
the change of magnitude of vertical load.
This paper was not concerned with the change of tension
capacity of joint in accordance with the change of
member size. By this reason, this paper did not present
the generalized characteristic for tension capacity of the
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joints of Korean traditional wooden structure but the
unique characteristic for tension capacity.
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2.2 DESIGN OF EXPERIMENT MODELS
The section of a column adapted in the experimental
models is circular one with diameter 240mm. Each
column has a slot of width 78mm except joint 1, 2 of
dovetail type (Fig. 3).
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2. EXPERIMENT MODELS
2.1 THE CLASSIFICATION OF COLUMN
CONNECTING BEAM JOINT
The figures of six column-connecting beam joints are
shown in Table 1.

Table 1: Shape of column-connecting beam joints

igure

Column o e perimental mo els

The design detail for connecting beam in each joint is as
following.
1) Bevel-lap splice joint : The depth of lapped splice is
2/3(119mm) of connecting beam depth at the top of
lapped splice and 1/3(79mm) of connecting beam depth
at the neck of lapped splice. The length of lapped splice
is 80mm.
Bevel-lap splice joint

Butterfly wedge joint
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slip between rabbets, dowel was used.
The section
shape of dowel is a square which the length of one side
is 20mm.
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2) Butterfly keyed joint : The width of butterfly is
1/2(39mm) of connecting beam width at the top of
butterfly and 1/3(26mm) of connecting beam width at
the neck of butterfly. The length of butterfly is 78mm
and the depth is 30mm.
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5) Dovetail bridle joint - Type 1 : The width of dovetail
is 74mm at the top of dovetail and 42mm at the neck of
dovetail. The length of dovetail is 96mm.

utter ly keye joint.

3) Half-lap dovetail splice joint : The height of lap is a
half of connecting beam depth as 99mm. It was dovetail
beneath lap. The length of dovetail is 39mm, the width
of dovetail at the top is 39mm and the width of dovetail
at the neck is 28mm.

igure

igure

al -lap o etail splice joint

4) Dowel keyed half-rabbet splice joint : The length of
rabbet is the same with the diameter of column as
240mm. The thickness of rabbet is 39mm. To prevent
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6) Dovetail bridle joint – Type 2 : The width of dovetail
is 39mm at the top of dovetail and 26mm at the neck of
dovetail. The length of dovetail is 39mm

igure
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2.3 CONDITIONS OF JOINT EXPERIMENT

The experimental variables were considered to
compose the condition of tension experiment.
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Axial load should be forced very slowly. Slide
should be permitted at the bottom of column to
maintain the same load from the left and the
right side connecting beam regardless of
friction of the column bottom (Fig. 10). The
magnitude of vertical gravity load which acts at
the top of column has to be unchanged during
the experiment (Fig. 11). The upper side of the
column have to be a little higher than upper
side of connecting beam to control the
transmission path of gravity load clearly.
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2) Butterfly keyed joint : Figure 13 seems to show
different maximum values to the change of the vertical
gravity load from 0 kN to 10.35 kN . However, when
the vertical gravity load was 0 kN , it would be
appropriate to understand that the maximum capacity of
experimental model did not reveal. Figure 14 shows a
load-displacement curve with a maximum value of
2.17 kN , approximately.
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3. JOINT EXPERIMENTS
The vertical gravity load of 0 kN and 10.35 kN was
used. The vertical gravity load of 20.23kN was added
in the case of dovetail joint type
1) Bevel-lap splice joint : In case of Bevel-lap splice
joint, the vertical gravity load of 10.35 kN was used
only because Bevel-lap splice joint could be unstable in
case that the vertical gravity load was 0 kN . Figure 13
shows a load-displacement curve with the maximum
value of 8.6 kN , approximately.

igure
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utter ly

3) Half-lap dovetail splice joint : When the vertical
gravity load was 0 kN , the maximum value of tension
capacity was 7.34kN , approximately. When the
vertical gravity load was increased to 10.35 kN , the
maximum value of tension capacity was also increased
to 8.43kN .

Force(N) .
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6) Dovetail bridle joint – Type 2 : When the vertical
gravity load was increased from 0 kN to 10.35 kN ,
the maximum value was also increased slightly.
However, if the maximum value was excluded, it would
be more appropriate to understand that these two curves
were almost identical each other. When the vertical
gravity load was increased from 10.35 kN to
20.23 kN , the maximum value was increased slightly.
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4) Dowel keyed half-rabbet splice joint : Figure 15
shows a yield point clearly unlike curves of other joint
types. While the yield point was increased slightly to the
change of the vertical gravity load from 0 kN to
10.35 kN , the maximum value was decreased.
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5) Dovetail bridle joint - Type 1 : When the vertical
gravity load was increased from 0 kN to 10.35 kN ,
the maximum value was also increased slightly.
However, if the maximum value was excluded, it would
be more appropriate to understand that these two curves
were almost identical each other. When the vertical
gravity load was increased from 10.35 kN to
20.23 kN , the maximum value was increased slightly.
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Experiments of a full frame(Fig. 22) and two
subassemblies(Fig. 18 and 20) are executed in different
laboratories. Through two subassembly experiments of
Gongpo and Goju, joint behaviors are studied and
analytical models and its spring coefficients are
proposed for a numerical analysis. Pushover analysis is
carried out for the frame and compared with the
experimental results for the verification. In this chapter
the experiment and results of subassemblies and the full
frame are described.
All experimental models are constructed in half scale
with Korean red pine wood. Gravity loads are applied in
Gongpo subassembly and the interior frame experiments.
Though all columns are elected upon a stone base, a
hinge is used at the bottom of a column to avoid
uncertainty of boundary condition in experiments.
4.1 SUBASSEMBLY EXPERIMENTS
4.1.1 Gon o su ass m ly
In the interior frame(Fig.22) there are 3 columns and
Gongpo is located on two external columns and one
internal column called Goju is higher than external
columns. The location of a main crossbeam is 1.512m
above the base hinge and span length is 2.0m.
Constructed modes does not include roof which
produces heavy dead loads, coming from thick soils,
layered woods and roof tiles.
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4. FRAME EXPERIMENTS
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Figure 21 Macro model of Goju subassembly
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Lateral forces are applied at the center of main
crossbeam with displacement control unto 4% story drift.
Loading is composed of total 8 steps which have 3
cycles per each step. 1st and 2nd step has equally 0.5%
story drift and 0.5% story drift is increasing from 3rd to
7th steps. At the last 8th step 4% story drift is applied.
Lateral displacements are measured at each layer of
Gongpo as can be seen in Fig.18. Also vertical
displacements are measured to calculate the rotation of
components of Gongpo and relative displacements are
measured for slip. For positive loading in Fig.19
maximum resisting force is 953N at 1.6% story drift and
for negative maximum is 680N at 1.1%. Fig 7 shows the
force and displacement relationship which is nearly
bilinear behavior until 1% story drift. After reaching the
maximum force it shows strength degradation. As can be
seen at 4% story drift in Fig. 19, it has a good hysteresis
to dissipate energy though the resisting force is small.
4.1.2 Goju su ass m ly
Fig.9 describes the test setup of Goju subassembly in
which the height of main crossbeam is 1.512m the same
as in Gongpo subassembly. But this setup does not
include dead loads. Lateral force is applied at the center
of main crossbeam with displacement control. Loading is
composed of total 11 steps which have 3 cycles per each
step. 4th step is 0.81% story drift and 6th steps 1.52% ,
8th step 2.38%, 10th step 3.79% story drift and the last
11th step is 5.41%(Fig. 21)

Lateral displacements of the crossbeam and the column
are measured as can be seen in Fig.20 and vertical
displacements of crossbeam are measured to calculate
the rotation. For positive loadings of Fig. 21, the
resisting force linearly increases before to reach the
maximum value 3,880N at 5.2% story drift. Positive
resistance is greater than negative values because of the
effect of Boaji (inserted symmetric haunch in Fig. 9).
Also negative force-displacement relationship shows
linear. Hysteretic loop(Fig.21) shows pinching effect
because of the gap between the column and the main
crossbeam.
4.2 Fram

rim nt

Figure 22 Test model - 1/2 scaled interior frame
The setup of internal frame experiment is shown in
Fig.12; the location of crossbeam center is 2.49m above
the base hinge, which is different from that of
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subassemblies. The span length of the left beam is
1.494m and right span is 3.494m. For in-plane behavior
of specimen, 3 rollers are used at main crossbeam
perpendicular to the loading direction. Because this
model does not include the roof, steel blocks are applied
at purlin to simulate the dead load of roof (Fig.22) like
Gongpo subassembly.
Lateral load is applied at Goju, 1.898m above the base
hinge (Fig. 22). Total 8 step loads are applied from 0.5%
to 4% story drift with 0.5% increment and each step is
composed of static 4 cycles. Among 4 cycles, the
amplitude of first cycle is half of the last cycle of the
previous step.
Force and displacement relationship is not symmetric;
positive maximum resistance is 2 kN and negative value
is 2.3 kN. For positive loading, yielding occurs at 1%
story drift but for negative loading yielding occurs after
2% story drift and pinching can be seen after 5th step.
Though the resisting force is small, the efficiency of
dissipating energy is high. For each step, there is no
stiffness and strength degrading after 3 cycles of loading
reversals. In positive loading direction, some spikes
occurred, which mean some frictions are acting during
loadings. In negative loading direction, pinching
phenomenon can be seen after 5th step because of gaps
between the column and the crossbeam.
4.3 Num ri al Mod l
For the numerical analysis, the model of Gongpo is
proposed, which consists of 3 springs, a rotational spring
at the capital of a column and a shear spring for the shear
deformation of Gongpo and a rotational spring between
the crossbeam and Gongpo. Spring coefficients are
composed of 3 points; yielding, ultimate and ending
points.

. Analysis and om arison
Using the proposed numerical model of Gongpo and
Goju joint, the experimental frame is modeled with
springs. Gongpo spring is located at the external column
and rotational spring is inserted between crossbeam and
center column. Same as the experiment, the external load
is applied at center column above 1.894m from the base
hinge. Because the strength of column and crossbeam is
higher than that of the spring of Gongpo, first yielding
occurred at rotational spring of capital of the exterior
column.
Pushover analysis is executed with RUAUMOKO and
compared with the experimental results. In case of
positive loading with strength degrading model, a plastic
hinge occurred firstly at the left rotational spring of
Gongpo and secondly at right the rotational spring of
Gongpo and the analysis is stopped at 1.3% story drift
because stiffness approaches zero. For negative loading,
program stopped before 1% story drift.
But in case of positive loading with bilinear modeling,
the resistance is greater than the result of the experiment
after 1% story drift. For negative loading, yielding
occurred earlier than experiment and the resistance is
less than the experimental value within 2.5% story drift.

The analytical results show good agreements with the
experiment within 2% story drift.
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. CONCLUSION
In this paper, we investigated the tension capacity of
column-connecting beam joints in Korean traditional
wooden building to the change of vertical gravity load
on the top of column. In order to draw a general
conclusion on the topic, we have to generate more
substantial experimental models. In this stage, however,
we succeed to draw some significant conclusions as
below.
1) When the vertical gravity load didn’t act on the top of
column-connecting beam, the tension capacity of Dowel
keyed half-rabbet splice joint was best among joint types
considered here.
2) The capacity of Dowel keyed half-rabbet splice joint
was little affected by the change of vertical gravity load.
It could be understood that the most important element
of the Dowel keyed half-rabbet splice joint was the key.
On the other hand, the capacity of Dowel keyed halfrabbet splice joint would be affected mainly by the shear
resistance ability of key.
3) When the vertical gravity load was changed on the top
of column-connecting beam, the tension capacity of
Dovetail bridle joint – Type 2 was changed seriously. If
we can develop an equation to control the correlation
between vertical gravity load and valuables of joint, we
can upgrade the capacity of Dovetail bridle joint – Type
2.
To study the behaviors of a wooden structure,
experiments and analysis are performed for a temple
(Deawoong-Jeon) of Bongjeong-sa built in the early
stage of the tenth century. Firstly ,1/2 scaled
subassembly of Gongpo and Goju frame are tested to
find the force-displacement characteristics of joints.
From the results analytical models are proposed and
spring coefficients for numerical analysis are derived.
With these results pushover analysis is performed and
compared with the experimental results of 1/2 scaled full
frame. The force-displacement relationship of the

0 .1 0
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analysis has a good correspondence with that of
experiment within 2% story drift incase of using bilinear
model. But the force-displacement relationship of the
experiment is closer to that of the strength degradation
model than that of bilinear model but the analysis of
strength degradation model stops earlier because of
stiffness approaches zero
Even though the proposed macro model for a traditional
wooden frame is compared with only one experiment of
interior frame, it could give an possibility to analyze
traditional wooden frames more efficiently than using
general FEM. More researches are needed to find the
stiffness and strength based on and material strength and
microscopic behaviors such as frictions, gaps and etc.
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MECHANICAL BEHAVIOR OF TRADITIONAL CHINESE WOOD-TOWOOD CONNECTIONS: A BRIEF REVIEW
Xiaobin Song1, Yajie Wu2, Xianglin Gu3, Lie Luo4
ABSTRACT: Traditional Chinese timber structures have been constructed exclusively using wood-to-wood
connections, which are often the weakest components due to their relatively low stiffness and load carrying capacities.
Consequently the mechanical behavior of such connections are crucial to the structural performance of Chinese
traditional timber structures, especially when subjected to dynamic loading effects, such as wind loads and earthquake
excitations. This paper summarizes the recent research work on the mechanical behavior of typical Chinese wood-towood connections, including mortise-tenon connections, dou-gong connections and column foot joints. Based on the
review of the experimental, analytical and numerical analysis results, limitations of existing research work are pointed
out, and research needs for better understanding of such connections are proposed.
KEYWORDS: wood-to-wood connections; mechanical behavior; experimental and numerical studies; literature review

1 INTRODUCTION 123
Chinese traditional timber structure style is deemed as
one of the world’s oldest structural style and has been
widely adopted and explored in East Asia countries.
Although subjected to durability issues, nowadays there
are still a great number of traditional timber structures
well preserved and functioning well in relevant countries.
What’s more, with the increasing needs from religious
activities and traditional subject filming in China, more
and more traditional style timber structures have been
under design or construction.
Traditional Chinese timber structures have been
constructed
exclusively
using
wood-to-wood
connections. Earthquake disaster investigations indicated
that these connections are normally the most vulnerable
components of the entire structure, due to their relatively
low stiffness and load carrying capacities. Consequently,
their mechanical properties are crucial to the resistance
and reliability of Chinese traditional timber structures,
especially when dynamic loading, such as wind and
earthquake excitations, are of concern.
Commonly used wood-to-wood connections in Chinese
timber structures include mortise-tenon connections,
dou-gong connections (also known as wood brackets),
and column foot joints. The mortise-tenon connections
are typically used between beams and columns and
bracing members, with or without wood pegs. The dou1
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gong connections normally consist of several layers of
horizontally placed beam members (gong) in both
translational direction, each layer separated by slotted
small blocks (dou), and function as the supports of the
heavy overhanging roofs. The column foot joints refer to
the connections between wood columns and foundation,
and between wood columns of upper floors and the
underneath floor joists.
Most existing Chinese traditional timber structures has
been in service for more or less than one thousand years
and therefore exhibit serious performance deterioration.
Retrofitting or strengthening becomes more and more
urgent, for which, a clear understanding of the structural
behavior of members and connection is essential.
Besides, the recent rise of new constructions following
traditional styles, which are required by authorities to be
designed based on explicit analytical formulae, also
needs research effort to quantify the structural behavior
of such members and connections within the framework
of modern mechanics. For such reason, large amount of
research work has been carried out on the wood-to-wood
connections typically used in Chinese traditional timber
structures. This paper presents a brief review on the
major research results obtained via experimental,
analytical and numerical studies, and limitations of
existing research work as well as future research needs
are proposed based on the author’s knowledge with the
purpose of deepening the understanding of such featured
structural style and providing reference for relevant
engineering practice in this respect.

2 RESEARCH WORK ON MORTISETENON CONNECTIONS
Mortise-tenon connections are often used for connecting
beams to columns and therefore their performance are
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crucial to the lateral stiffness of the beam-column frames,
which serve as the fundamental units of traditional
timber structures. For the convenience of assembling and
maximized gain in rotational stiffness, many types of
mortise-tenon connections have been invented and
applied in Chinese traditional timber structures. Three
variations are most frequently used: straight tenon joint,
dovetail joint and cross head loop tenon joint, as
illustrated in Figure 1.

(a) Straight tenon joint

The tenons are cut into different shapes according to the
usage of the connections. The step-shape straight tenon
is usually used for connecting beams to the interior
columns, which are connected to beams on both sides.
Dovetail tenons, in the shape of inverted wedges, are
often slid into the top end of columns or the sides of
girders to achieve a tight fit. Cross head loop tenons are
used for corner columns as they can tie up the beams in
both principle axes of the structural plane and thus
maintain the structural integrity.

(b) Dovetail joint

(c) Cross head loop joint

Figure1: Mortise-tenon joints

2.1 EXPERIMENTAL STUDIES
The experiment studies were often carried out with the
beam-to-column connections (consisted of a short beam,
a short column and the connection in between) flipped
by 90 degrees with a translation load applied onto the
free end of the beam element. Results from monotonic
tests [1-4] indicated that the connections typically
experienced four phases up to failure (Figure 2):
(1) Initial slip phase. Due to the fabrication tolerances
considering ease of assembling, gaps are often present
between connection components. Stable wood-to-wood
contact cannot be established under small deformation
during the initial loading phase. The specimen
components went through rigid body rotation, leading to
a slippage and a load-displacement curve with low
stiffness. The amplitude of the slippage depended on the
gap size.
(2) Elastic phase. In this phase, the mortise went into
close contact with the tenon, however, the wood
components remained elastic. The load and displacement
relationship of the connections appeared to be nearly
linear during this phase.
(3) Hardening phase. With the increased loading, the
wood of tenon within the contact area gradually crushed
with plastic deformation, leading to a bigger contact area,
and a larger resisting force at the same relative
displacement. Consequently, the connection stiffness
decreased and yet the resisted load still could increase.

The load and displacement relationship of the
connections turned nonlinear during this phase.
(4) Descending phase. Excessive loading caused fracture
of the tenons or the splitting in the corner area of the
mortises due to stress concentration, and thus weakened
the resistance of the connections and the stiffness
became negative. Pulling-out of the tenons from the
mortises can be occasionally observed.

M

Slip

Plastic

Descending

Elastic

θ
Figure 2： Four phases of the load and displacement curves of
mortise-tenon connections

The monotonic bending tests results have been used for
theoretical derivations of the moment-rotation curves [1-
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2,5-6], where wood compressive stress-strain
relationship was assumed bilinear, and the parallel to
grain modulus of elasticity of wood in compression of
constant ratio to the perpendicular to grain elastic
modulus. Hankinson’s formula and Hook’s law were
applied to calculate the elastic modulus and the stress
and strain distributions. Geometric and equilibrium
equations were established regarding the rotation of the
mortise. Xie et al. [5] found that increasing the width of
the mortise and friction coefficient could improve the
rotational stiffness and the moment resisting capacity of
the dovetail joints, but increasing the height of the
mortise could only improve the moment resisting
capacity. Pan et al. [6] found that the compression in the
front and rear of the straight mortise was crucial to the
moment resistance.
The hysteretic bending properties can reflect the
degradation of the rotational stiffness and the energy

dissipation capacity of the connections, thus are of
particular interest in seismic analysis of traditional
timber structures. A great deal of effort has been asserted
on cyclic testing of connections [3-4, 7-16]. Test results
indicated that under cyclic loading the skeleton curves of
the connections experienced the same four phases as in
monotonic loading tests. The hysteretic curves normally
take the shape of an inverse Z, which is an implication of
serious pinching effect (Figure 3). This was mostly
caused by the fact that during unloading only frictional
force contributed to the moment resistance. In addition,
the rotational stiffness, moment resistance, and rotation
angles corresponding to the maximum moment in the
positive loading cycles are often found to be different
from those in the negative loading cycles due to the
nonlinear unrecoverable deformation of wood.

Figure 3: Typical hysteretic curve [4]

Factors affecting the hysteretic rotational behavior of the
connections had also been studied. It was found that
vertical load, pu-pai fang and sparrow brace had
considerable effect on the rotational stiffness and energy
dissipation capacity of the connections [15]: the vertical
loading helped to compact the connections and increased
the contact area; pu-pai fang provided additional
constraint on the rotation of the connection; while the
sparrow brace directly contributed to the moment
resistance, although such contribution does not exist in
case of negative moment. It was also found that the
energy dissipation capacity increases with the increased
vertical loading [15-16]. Experimental study by Wu [4]
also indicated that use of wood pegs can prevent pullingout of the straight tenons and fracture of wood pegs and
mortises became the dominant failure modes.
2.2 NUMERICAL MODELING STUDIES
Numerical models have been established in an effort to
explore the limitation of lab testing. Tsai et al. [17] and
D’Ayala et al. [18] used 2D linear springs to model the
connections used in Dieh-Dou structures of Taiwan.
Fang et al. established a 3D linear spring element for

study of the dynamic characteristics of a historical
traditional building [19-20]. However, linear spring
elements are not capable of dissipating energy. Chen et
al. [21] used an equivalent beam element to model the
connections. Yao et al. [8] and Zhao et al. [10] suggested
a hysteretic model for the dovetail joints and straight
joints, respectively. Hanazato et al. and Uchida et al.
incorporated the pinching effect in modelling the Nuki
joints to conduct the seismic analysis of Japanese fivestory wooden pagoda, while the unloading stiffness was
assumed to be equal to the initial elastic stiffness.

3 RESEARCH WORK ON DOU-GONG
CONNECTIONS
Dou-gong connection is often used to transfer a large
vertical load from the over-hanging roof to the
supporting column members. For this purpose, the
horizontally placed components (gongs) of a dou-gong
connection often extend a substantial length, layer by
layer, to support the large roof over-hanging by principle
of lever arm, as shown in Figure 4.
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Cap block
(Ludou)

Bracket arms
(Gongs)

Figure 4: Different types of Dougong
3.1 COMPRESSIVE PERFORMANCE
As the dou-gong connections are primarily used for
transfer of vertical loading, compression tests have been
carried out to study the load carrying capacity of such
connections, in which the connections are often placed
upside down and the load is applied onto the cap block
(ludou). The horizontal components (gongs or bracket
arms) are mostly loaded in bending to distribute the
vertical load to a wider area, thus reduce the
requirements on material strength. It was found that the
compressive performance of dou-gong connections was

Actuator

mainly affected by the area of the intersections of the
dou-gong bracket arms [25].
Typical failure modes included brackets arms flexural
failure due to the weakened sections at intersection with
bracket arms placed in perpendicular direction. The cap
blocks and the distributed blocks were also found to fail
in perpendicular to grain compression. A typical load
and displacement curve of a dou-gong in compression is
illustrated in Figure 5 [25-27]. Gao et al. [27] modelled
the dou-gong by linear elastic springs with variable
stiffness and found that the dou-gong was effective in
reducing the vertical dynamic response of the structures.

Compression

Figure 5: Load-displacement curve of the compression test [25]
3.2 RACKING PERFORMANCE
It is believed that the structural layer consisted of
distributed dou-gong connections on top of columns also
contributes to the lateral stiffness and energy dissipation.
Zhao et al. [28] studied the dynamic characteristics of
dou-gong connections and found that the natural
frequencies rapidly increased after application of a
vertical load since the assembled dou-gong was closely
compacted and obtained additional stiffness. Yuan et al.
[25] tested the lateral performance of dou-gong with
consideration of vertical loading. The test results

indicated the dou-gong was capable to resist lateral
loading as long as a vertical load was applied on top of
the dou-gong connections.
It can be known from mechanics that under the lateral
loading, the cap block of the dou-gong connections was
eccentrically compressed. It was further proved from test
results that the bracket arms had slippage between each
layer; the resulting friction force is the primary means of
energy dissipation of the connection. Typical failure
modes included perpendicular to grain splitting of the
cap block, fracture of bracket arms under combined
shear and compression.
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Moreover, the relationship between the vertical load and
the racking performance has also been explored. It was
found that with the increase of the vertical load, the
ultimate lateral load carrying capacity and the energy
dissipation capacity of the connection increased [25, 29-

30], as illustrated in Figure 6. Fujita et al. [31] consider
the contribution of the interconnected components, such
as wood panel and linking beams, and studied the
performance of dou-gong complex and found interesting
results.

Figure 6: Lateral performances under different vertical loads [25]
3.3 NUMERICAL MODELLING STUDIES
Since the dou-gong is a combination of different
components, modelling its mechanical behaviour is
really a challenge. Still many attempts had been made to
model the mechanical behaviour of dou-gong for
structural seismic analysis. A primary method adopted
was to model based on the spatial form of dou-gong [3234]. Beam elements were used to model to horizontal
placed components (dongs), column elements were
applied to model to vertical members (dous), as
illustrated in Figure 7. Such model met the geometry
relationship in the real structure, but its accuracy in
modelling the compressive behavior and lateral behavior
still needs to be validated in further research.

(a) Floating rested

(b) Tenon pin

Out-of-plane
direction
Sandous

Gongs

Ludou
Figure 7: Numerical model of dou-gong [32]

(c) Ground beam inserted type

Figure 8: Foot joints

4 RESEARCH WORK ON COLUMN
FOOT CONNECTIONS
Different types of foot joints have been used as the
connection between column members and supporting
floor members or stone foundation, as shown in Figure 8.

For heavily loaded buildings, the compressive force in
the wood columns can induce sufficient friction force
against the translational shear force at the connection,
which can be caused by horizontal loading (such as wind
and earthquake). Thus, it is a common practice that
columns are simply placed on top of the stone
foundation, termed as the floating joint (Figure 8(a)).
Zhang [35] measured the static friction coefficient
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through the friction-sliding test as nearly 0.5. Yao et al.
[36], Zhao et al. [37] and Sui et al. [38] conducted
shaking table tests on a typical traditional spatial timber
frame that was supported on stone foundation by floating
joints. The sliding of the column feet with respect to the
foundation was measured (Figure 9). It was found that

the dynamic responses and damages of the models were
mitigated noticeably. It is generally believed that such
connections can dissipate input energy by turning it
partially into heat (friction) and kinematic energy (rigid
body movement) of the entire building.

Figure 9: Sliding of column foot [36-37]
For relatively small timber buildings, the column foot
joints are often used with a tenon pin, which is inserted
into the stone foundation cup, forming a vertical mortisetenon joint. Such joints have been observed with tenon
pin pull-out and fracture failures, similar to mortisetenon joints between beams and columns. Chen at al. [39]
tested one kind of foot joints (similar to the one in Figure
8(b)) and found that the joints failed due to tenon
pulling-out under rotation, and the joint moment
resistance mainly came from the compression force
acting on the top of the column (rocking behavior). The
test results indicated that its moment rotation
relationship could be regarded as typically bilinear with
a steep descending branch, as illustrated in Figure 10.

Figure 10: Test results and the bilinear model [39]
For the connection between the columns and supporting
floor joists, the columns are often cut through to
accommodate the joists in one or two directions (Figure
8(c)), and the joints may fail due to perpendicular to
grain tensile splitting in near the corner of the cuts made

in the columns. Such failure is typically brittle. In
numerical modelling, attempts have been made by using
an equivalent beam element to simulate the rotational
stiffness of the connections [32] (Figure 11). More
research work is needed to better understand this type of
connections, since its rotational stiffness is pertinent to
the inter-story drift of multi-story timber structures.

5 CONCLUSIONS
With the rising needs of retrofitting exiting buildings and
construction of new buildings following traditional styles,
mechanical behavior of traditional wood to wood
connections used in Chinese traditional timber structures
or of the like has been receiving more and more attention.
A great deal of research effort has been asserted on
testing and modelling, numerically or analytically, of
mortise-tenon joints, dou-gong joints and column foot
joints. Moment-rotation angle relationships have been
established based on the results and incorporated into
structural analysis of entire buildings. However, due to
the complexity of the joint configuration and the
vulnerability of the existing buildings, current research
bear with following limitation, where further work is in
need:
(1) Connection specimens are often over-simplified, and
the boundary conditions are not always reasonable
considered;
(2) Scaled models are often used, while the size effect
has not been clearly understood.
(3) Existing research often focuses on specific joint
configurations, which a general mechanics-based model
that applies to all situations has not been established.
(4) Limited replicates were used due to research budget;
variation and reliability of such joints have not been
clearly addressed.
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Beam (DiFigure 11: column joint and the equivalent beam element [32]
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STRUCTURAL MECHANISMS AND DEFORMABILITY OF MAJOR
TYPES OF TRADITIONAL TIMBER JOINTS IN JAPAN
Hideaki Tanahashi1 and Yoshiyuki Suzuki2
ABSTRACT: There are many traditional timber structures, such as temples, shrines and town houses in Japan. There
are also many types of joints which compose such timber structures. Such joints have been developed for a long time
and their structural mechanisms and restoring force characteristics have become different. In special, the deformability
is significant in restoring force characteristics of joints for seismic evaluation. Some types of joints have enough
deformability, however, some of them may be poor. Thus, this paper describes the resisting mechanisms of major types
of traditional timber joints in Japan and especially, the deformability is discussed on the basis of the experimental data.

KEYWORDS: Traditional timber structure, joint, structural mechanism, embedment, deformability

1 INTRODUCTION 123
There are many traditional timber structures, such as
temples, shrines and town houses in Japan. Also, there
are many types of joints which compose such timber
structures in addition to the column rocking resistance
and mud/wood wall. Such joints have been inherited and
developed by carpenters for a long time and their
structural mechanisms and restoring force characteristics
have become different. In special, the deformability is
significant in restoring force characteristics of joints for
seismic evaluation. Some types of joints have enough
deformability, however, the other types of joints may be
poor in deformability. Therefore, this paper describes the
resisting mechanisms and deformability of major types
of traditional timber joints in Japan and discussions are
made focusing on the deformability on the basis of the
experimental data.

2 MAJOR TYPES OF JOINTS AND
THEIR MECHANISMS
As above mentioned, there are many types of joints in
Japan. Among them, as the major types, Nuki type, Yatoi
type, Sashi-gamoi type, strut type and so forth are
selected. Some of them have shear connectors and their
deformability seems to be poor. Thus, at first, the details
and mechanisms are shown as follows, then, the
1
Hideaki Tanahashi, Ritsumeikan University, Noji-higashi 11-1, Kusatsu, 525-8977, Japan, tana@courante.plala.or.jp
2
Yoshiyuki Suzuki, Ritsumeikan University, Japan,
yoshiyuki_suzuki@ares.eonet.ne.jp

deformability is discussed on the basis of the
experimental data.
2.1 NUKI TYPE
Nuki is the most basic type of column tie-beam joint
system with a mortise and a tenon. We usually call the
tie-beam “Nuki” which means “penetration” in Japanese.
The detail is shown in Figure.1, where the wedges are
used in many cases in order to tighten the joint, however,
in some cases wedges are not used. The resisting
mechanism of the Nuki joint system is shown in Figure 2.

M

H
B

(a) Without Wedge

M

H
B

(b) With Wedge

Figure 1: Detail of Nuki type join with/without wedges

If the moment is applied to this joint, the embedment
takes place and reaction R1 occurs on the contact surface
of Nuki because the Young’s modulus perpendicular to
the grain is much smaller than that of the column parallel
to the grain. The compressive zones are shown in red
areas in Figure 2. Moreover, some additional reaction
takes place at the outside of the edge of the red triangles
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due to continuity of the wood. We usually say the
“embedment” which appears in partial compression
comparing with full compression.

Column
M

H

Nuki
L

The background of the great deformability is due to the
strain hardening behaviour as seen in Figure.3. The
strain hardening is a special behaviour which appears at
the higher strain levels more than 0.5 only in
compression perpendicular to the grain and the most
significant for traditional timber joints [2]. We have
already made clear the strain hardening effect and the
mechanism of elasto-plastic behaviour of the embedment.
As a result, we formulated the rotational embedment
behaviour of joint on the basis of Elasto-plastic
Pasternak Model (abbreviated to EPM) [2,3].

L

Figure 2: Mechanism of Nuki type joint

The embedment shows the increasing effect on both the
stiffness and the strength. This fact is confirmed at the
partial compression test results shown in Figure.3.

Figure 5: Restoring force characteristics of joint without
wedges.

Figure 3: Partial compression test results

The mechanism of this type is the embedment and the
friction F1 which is proportional to the reaction R1 in
Figure 2. The sample of the joint deformation is shown
in Figure 4, where the rotation angles of the joint are
more than 0.3 rad. These restoring force characteristics
are shown in Figures 5 and 6.
The wedges make the contact interface tight in many
cases and increase the stiffness and strength of joint.
However, the wedges slip out due to the slope of wedges
in some cases and result in decrease the stiffness and
strength [2].

As shown in Figure 5, the resisting moment of the Nuki
joint goes up to 0.2 rad after yielding around 0.05 rad,
showing high stiffness after yielding, although the
stiffness becomes low after cyclic loading. In the case of
the joint with wedges in Figure 6, the initial stiffness
becomes very high due to the wedges and the hysteretic
loop shows the slippage and pinching due to the plastic
embedment and slip out of wedges. However, the
resisting moment increases and does not degrade up to
0.2 rad. Thus, we can confirm the very large
deformability of the Nuki joint.
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Figure 6: Restoring force characteristics of joint with wedges.
Nuki joint without wedges

Nuki joint with wedges

Figure 4: Detail and deformation of Nuki joint

2.2 YATOI TYPE
The “Yatoi” type consists of the column sandwiched
with separated and constrained beams in Figure 7. In
many cases, the separated beams are combined by Yatoi
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which means an “employed tenon” made of another
wood piece, i.e., a kind of a spline tenon. The Yatoi is
also connected with both beams by a “Shachi-sen” or a
cotter, a kind of shear connector. The mechanism of this
type has three mechanisms M1, M2 and M3 as shown
Figure 8, 9.

105+α

Shachi-sen
Shachi-sen

Column
Column

The major mechanism of this joint is M1 which is the
embedment of column surface due to reaction R2.
Additionally mechanism M2 and M3 are considered. M2
is the Mechigai embedment which takes place at the
vertical reaction Rm of the short tenon of the beam,
which we usually say “Mechigai”. This mechanism
works at early stage at both sides of the column. If the
inserted Mechigai slips out from the inclined column, it
does not work as shown in the right side of Mechigai in
Figure 9. M3 is embedment mechanism of Yatoi itself.
The resistances of M2 and M3 are not large, but are not
negligible. The details of the failure of this type are
shown in Figure 10.
Mechigai

Mechigai
Rm

Shachi-sen

Ry

Yatoi
Beam

Beam

Groove
Column

Mechanism M2

Shachi-sen

Shachi-sen
Yatoi
Ry

Beam

Beam
Column

Mechanism M3

Figure 9: Mechanism M2 and M3 of Yatoi type joint
Figure 7: Detail of Yatoi type joint

Shachi-sen

F2

Column

R2

Shachi-sen
Yatoi

R2
L

Crossing Yatoi

Hs

H

Beam

F2

L

Figure 8: Mechanism M1 of Yatoi type joint

Figure 11: Restoring force characteristics of Yatoi type joint
(A-1 Series: the beam depth 300mm)

The
restoring
force
characteristics of the joint are
shown
in
Figure
11.
Maximum
deformation
depends on the depth of the
beam; 0.6rad for the beam of
depth 300mm (A-1 Series),
0.08rad for 240mm, 0.1rad for
150mm, respectively.
As the inserted length of
Mechigai d is 15mm in all
joints, the separation occurs at
a smaller rotation for larger
beams. This deformation limit
is due to the cleavage of the
groove resulted from the
expansion of the groove due to
the rotation of Shachi-sen as
shown in Figure 10.
Figure 10: Details of failure of Yatoi type joint
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If the length of Mechigai inserted into the mortise of the
column is longer than 15mm, the deformability will be
improved. Therefore, the length of Mechigai insertion is
recommended to be longer for the reinforcement of
deformation as proportional to the depth of the beam.

Column

M

2.3 SASHI-GAMOI TYPE
“Sashi-gamoi”, which means “an inserted lintel” in
Japanese in Figure 12. It has been developed by
combining the Nuki with the lintel or the lintel with
tenons. In general, the height of beam becomes large,
and that of the tenon is around half of the Sashi-gamoi.
This system is convenient because the tenon of the
Sashi-gamoi goes over the crossing tenon. In this system,
Sashi-gamoi contacts the column surface and reaction R3
takes place of Sashi-gamoi in Figure 13, which adds
some resistance of the joint.
Shachi-sen

Column

F4 R4

Cotter

Tenon

R5
Sashi-gamoi

L

R3

Crossing Tenon

Hs H

F3

M

L

Figure 14: Mechanism of Sashi-gamoi type B

Sashi-gamoi type C joint has a cotter inside the column.
This type failure takes place at the column cleavage in
some cases as shown in Figure 16 when the column size
is small comparatively (135mm) to that of Sashi-gamoi
in real size obtained from existing traditional farmer
building (built 80 years ago) in Takayama, Gifu
Prefecture, Japan.

105+α
d=15

Mechigai d=15
Groove

Column
Cotter

R4
Shachi-sen

Sashi-gamoi

R3

H
Sashi-gamoi

F3

Sashi-gamoi

M

L

Crossing Sashi-gamoi

Figure 15: Mechanism of Sashi-gamoi type C

Figure 12: Detail of Sashi-gamoi type joint

Sashi-gamoi type B joint in Figure 14 can continue to
another Sashi-gamoi whose groove has the tenon
inserted, and the cotter or Shachi-sen is installed as a
shear connector. The reactions R3 and R4 occur at the
embedded area of the column surface and R5 occurs at
the cotter. If the tenon is separated from the Sashi-gamoi
and becomes an independent block, the system becomes
the Yatoi type.

The restoring force characteristics of the joints are
shown in Figure 17, where the column was broken
vertically by the cotter. In cases of the depth of the
Sashi-gamoi is larger, the two cotters are used, and such
failures often occur if the column size is smaller.
In Figure 18, A3 specimen is aged one obtained from old
traditional farmer building and N3-1 〜 3 were newly
built specimens similar to A3 specimen. The behaviours
were similar and broken by column cleavage at the
rotation of 0.05-0.1.

Column
Tenon

Hs

H

Sashi-gamoi

Crossing Tenon

L

M

R3 F3

L

Figure 13: Mechanism of Sashi-gamoi type A

Figure 16: Cleavage failure of column in Sashi-gamoi type C
(new specimen A3-2)

WCTE 2016 e-book | 896

6

A3

5

N3-1

4

N3-2

3

N3-3

2

kNm

Column cleavage

1

-0.14

-0.12
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Figure 17: Deformability of Sashi-gamoi at cleavage failure of
column

Figure 18: Cleavage failure of column in Sashi-gamoi type
joint (aged specimen A3)

Figure 21: Remained section of column (N1-3)

The column failure takes place at the weak point of the
column because the effective section of the column is
too small due to decreased section of two ways of tenon
when the column size is comparatively small as shown
in Figures 19〜 21.
In these cases also, the depth and breadth of the column
is 135mm which were the same size obtained from
existing traditional building in Takayama, Gifu
Prefecture, Japan.
The restoring force characteristics of the joints are
shown in Figure 22.
A1 is an aged specimen obtained from the old farmer
building mentioned before, and N1-1,2,3 are newly built
specimens in the same sizes to the specimen A1.
N1-1,2,3 failed at 0.05 rad by bending failure of column.
On the other hand, A1 did not fail by column failure, but
it failed by the failure due to worm eaten groove as
shown Figure 23. As a result, it deformed at more than
0.1rad, but the resistant moment was half of N1 series.
12

A1
N1-1
N1-2
N1-3

10
8

kNm

Bending Failure
of column

6
4
2

rad

0
-0.16-0.14-0.12 -0.1 -0.08-0.06-0.04-0.02 0 0.02 0.04 0.06 0.08 0.1 0.12 0.14 0.16
-2
-4
-6
-8
-10

Figure 19: Column failure of Sashi-gamoi type joint (N1-3)

-12

Figure 22: Deformability of Sashi-gamoi at bending failure of
column

Figure 20: Detail of column bending failure under the Sashigamoi (N1-3)

Figure 23: Groove failure of Sashi-gamoi specimen A1 at the
worm eaten part
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2.4 STRUT TYPE
As for the other types of joints, the strut type joint is
shown in Figure 24. The type A is a strut supporting the
floor beam. The type B is between upper and lower
beams.
The real behaviours are shown in Figure 25. The strut
rotates on the base stone or between beams and inclines
embedding into the beams under the constraints
conditions due to horizontal load. These types of joints
have not been considered as structural elements so far.
However, dynamic experiments of full scale traditional
timber buildings showed the behaviours of the strut on
the base stone. Such joints inclined and pushed up the
upper beam. Then, we denoted such effect as “Diagonal
Effect” [3] and carried out 3 series experiments of struts
in order to confirm the resistances of struts. The
deformation of the test specimen is shown in Figure 26.
The restoring force characteristics of test results of the
struts are shown in Figure 27, whose deformability is
very large. Although the joint has small dowel or tenon
inserted into the beam, the resistance of the dowels is
negligible and the major resistance is due to the strut
embedment into beams as shown in Figure 26.
W

tenon

Figure 27: Deformability of strut type B

The behaviours of struts suggest the mechanisms of the
frog-leg strut (“Kaeru-mata” in Japanese in Figure 28),
the more complicate bracket complex and so on.
The strut should be considered as structural elements for
exact seismic evaluation of traditional timber structures.

N

Floor Beam

Q

Q

Upper Beam
dowel
Strut

Strut
Base Stone

Strut type A on the base stone

Q

Lower Beam

Strut type B between beams

Figure 24: Detail and mechanism of strut type joints

Strut type A on the base stone

Figure 28: Kaeru-mata in Japanese temple

2.5 DIAGONAL EFFECT OF FRAME
Here, we introduce experiments of frames with great
deformability due to diagonal effect.
The specimen consists of a frame with three columns
and two beams. The top and bottom of the frame is
constraint with steel beams and cyclic and monotonic
horizontal loadings were carried out at the top of the
columns. The joint is a Yatoi type. The frame horizontal
displacement shows very large in Figure 29. The
restoring force characteristics are shown in Figure 30
and maximum deformation was 0.35rad.

Strut type B between beams

Figure 25: Deformation of strut type joints at some
experiments

Figure 26: Deformation of T series specimens of strut type B

Figure 29: Deformation of AN-MON specimen at 1/3 rad
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8.0

AN-CY1

kN

Such a behaviour does not appear in single joint
experiment and appears only in the experiment of a
frame with more than two columns.

Horizontal Load Q

6.0

AN-MON

2.6 DIAGONAL-CRISSCROSS LATTICE

4.0
2.0

-0.2

rad

0.0

-0.1

0

0.1

0.2

0.3

0.4

-2.0
-4.0
-6.0

Figure 30: Restoring force characteristics of AN-CY1 and ANMON specimen

Another frame tests of are shown in Figure 33[4], which
were carried out for the reinforcement of a structural
elements extracted from a diagonal-crisscross lattice
frame of a temple in Kyoto. These frames consist of two
columns and two beams. The joint of B2T specimen is
Nuki type with a shallow tenon. However, B2F specimen
has no tenon in Figure 33. In the joint of B2F, the beam
contacts to column surface and embeds into the column
due to column inclination. The mechanism is the same as
Figure 32. The deformation of B2T and B2F are shown
in Figure 34.
The restoring force characteristics of B2T and B2F are
shown in Figure 35. The initial stiffness of B2T is large,
but that of B2F is small. However, the maximum
resisting forces are almost 1.2kN and maximum
deformations are 0.25-0.3 rad, which are very large.

Nuki 30×
×40

Beam 60×
×70
375

Column 60×
×70

650

Column 60×
×70

375

Figure 31: Deformation of the joint of AN-CY1 at 0.2rad

The joint of the frame failed around 0.2rad in Figure 31,
however, the resistance continued to maximum 0.35rad.
There are two geometrical reasons of this behaviour.
One is that the diagonal length of beams expand the
column spacing. The other is that the distance between
columns decreases due to the column inclination. As a
result, the embedment due to diagonal effect takes place.
Such a mechanism is shown in Figure 32. The bending
deformations of outside columns were observed due to
reaction R1 in Figure 29. This mechanism is the same as
the strut, if the column and the beam are exchanged.

(a) B2T Specimen

Figure 33: Specimens of B2T and B2F

(a) B2T specimen

Column top spacing LC : constant
Decreased column
spacing : HBcosθ
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(b) B2F specimen

Figure 34: Deformation of B2T and B2F by loading
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RC

(b) B2F Specimen
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Figure 32: Mechanism of diagonal effect of a beam between
two columns

Figure 35: Restoring force characteristics of B2T and B2F
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3 DEFORMABILITY OF MAJOR TYPES
OF JOINTS
Here, we summarize the deformability of major types of
joints on the basis of experimental results.
3.1 NUKI TYPE
Nuki type joint deforms at the embedment of Nuki and
the deformability of embedment is 0.2rad and more, then
this type of joint is very ductile if the tenon or other
portion does not fail.
The Nuki type joint with wedges has good deformability
and the wedges are effective on increasing the strength
and deformability of the joint.
3.2 YATOI TYPE
The deformability of Yatoi type joint is decided by the
Mechigai failure. It depends on the inserted length of
Mechigai into the column. If the length is conventionally
15mm, then the deformability varies from 0.05rad to
0.1rad depending on the depth of beams.
Of course, the column size is less than 135mm, the
column failure should be considered due to the decrease
of column section by Yatoi penetrating the column in
two ways, which took place in the cases of column
failure in Takayama.
3.3 SASHI-GAMOI TYPE
The deformability of Sashi-gamoi type joint depends on
the column failure due to the decrease of column section
by tenon penetrating the column in two ways. Also it
depends on the column cleavage failure when the depth
of Sashi-gamoi is comparatively large.
In general, the Sashi-gamoi type joint is stiffer than the
Yatoi type joint in case of same size of the tenon and the
Yatoi, because the connection of Shachi-sen is less stiff
than the monolith of Sashi-gamoi. Therefore, the Sashigamoi type joint is stronger but more brittle than the
Yatoi type joint.
3.4 STRUT TYPE AND OTHERS
The major mechanism of strut type joint is embedment,
thus, the deformability is great if the tenon does not
govern the whole deformability of the joint as seen in the
frame in Figure 27 and Figure 35.
3.5 SUMMARY OF DEFORMABILITY
The mechanisms of major types of joints are discussed,
in special, focusing on the deformability on the basis of
some experimental data. In general, the Nuki joint and
strut joint are rather small in stiffness but, the most
superior in deformability because of the embedment
mechanisms and strain hardening.
On the other hand, the joints with shear connectors are
rather poor in deformability because of brittleness of
split or bending failure due to shear connectors.
The required deformability for large earthquakes are
0.67 rad (1/15) and more than 0.1 rad is the best for
unexpected great earthquakes in Japan.

4 CONCLUSIONS
There are many types of joints in Japan. Among them, as
the major types, Nuki type, Yatoi type, Sashi-gamoi type
and strut type are selected. The structural mechanisms
are made clear and the deformability of each type is
discussed on the basis of some experimental results.
There are many kinds of joint types and also their details
have locality. We introduced some experiments in
Takayama, Gifu Prefecture, Japan. However, the details
may be different and the wood species are not the same
in other area or places.
Our experiments are limited cases and might be not
representative for traditional timber joints in Japan.
We hope our information will contribute the seismic
evaluation of traditional timber structures, and the more
cases of experiments will be carried out and the
mechanisms and deformability will be discussed more in
the near future.
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LATERAL SHEAR PERFORMANCE OF TRADITIONAL TAIWANESE
TIMBER COLUMN WITH HALF AND FULL-PENENTRATING BEAM
Sok-Yee Yeo1, Akihisa Kitamori3, Tsuyoshi Aoyama3, Yu-Lin Chung2, Takuro
Mori3, Min-Fu Hsu2, Kohei Komatsu4, Hiroshi Isoda3
ABSTRACT: The structural performance of the Taiwanese traditional timber frame is studied in order to clarify the
effects of the column, beam and Dou region in the global frame. Cyclic horizontal loading test with constant vertical
force was applied to the China Fir specimens. Results shown that the moment-resisting effect of the ‘full-penetrating
beam’ tests is generally twice that of the ‘half-penetrating beam’ case. The material properties of structural members
such as Dou and beam have critical impact on the overall performance of the timber frame. The Cha-Jiao member, a
commonly neglected member, was found to have significant moment resistance in the ‘pull-in’ tests of the ‘halfpenetrating beam’ case. This study suggests that the Cha-Jiao member should be taken into consideration during
structural evaluation in future.
KEYWORDS: Traditional timber structure, portal frame, restoring force, tie beam, complex bracket

1 INTRODUCTION 123
Typical characteristics such as heavy roofs, large
columns, beam-column system and mortise-tenon
jointing design between adjoining horizontal and vertical
members are generally observed in the oriental
traditional timber structures. Regardless of the
complexities of the upper structures, the heavy roof
loads will eventually transmit down to the ground via the
multiple-tier complex brackets, the intermediate
horizontal and vertical components, and finally to the
structural resisting beam-column components (Figure 1).

In the case of Taiwan, the Dieh-Dou type and
Chuan-Dou type traditional timber frames are commonly
found in temples, ancestral halls and residential houses,
as shown in Figure 2.

Half-penetrating beam

Full-penetrating beam

(a)
(b)
Figure 2: Beam design difference in the Taiwanese traditional
timber frames: (a) Dieh-Dou type and (b) Chuan-Dou type
Internal Main Frame

Front Corridor Frame

Tertiary

Back Corridor Frame

beam

Figure 1: Overview of a typical single Taiwanese Dieh-Dou
timber frame [1]
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GuaTong

Secondary beam

Ancillary secondary beam

Primary beam

Cha-Jiao

Dou Shu
GuaTong

Cha-Jiao

Butt joint

Timber column

Dou

Stone column

Stone column

Timber

column

Ancillary tertiary beam

Shu

Figure 3: Butt-joint is commonly used for the primary beamcolumn connection for the Dieh-Dou type internal main frame
[1]

Considering both Taiwan and Japan encounter
similar natural calamities such as earthquakes and
typhoons on a yearly basis, the general analytical
concepts developed by the Japanese academics might be
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more applicable to the Taiwanese context, hence the
Japanese approach was used in this study.
Basically, the Japanese traditional wooden
structures have two main seismic-resistance mechanisms,
namely the column restoring force and the joint
resistance behaviour as a result of wood-to-wood
interlocking. The first important seismic resistance
mechanism of traditional timber frame proposed is the
concept of ‘column restoring force’, as shown in Figure
4. Considering a column of width B and height H is
subjected to a vertical constant force W and a horizontal
force P exerted around the top corner region of the
column, the column will deflect due to the lateral force
(Figure 4a).

undertakes most of the structural-resisting responsibility
(Figure 3). According to the Taiwanese traditional
Master carpenters’ experience, the choice of joint design
for the primary beam-column depends on the overall
weight of the timber frame of a particular section,
without taking into consideration on the weight of
roofing materials from purlin onwards.
Basically, one single Dieh-Dou timber frame
consists of a pair of front and back corridor frames and
an internal main frame, as shown in Figure 3. The front
and back corridor frames will be considered as ‘lighter’
frame structure in contrast with the ‘heavier’ internal
main frame. Hence, the joint design of the primary
beam-column for the corridor frame and internal frame
will usually be designed as half-lap joint and butt joint,
respectively (Figure 5). In this study, the focus is placed
on the internal frame with butt joint design.

FRONT

MIDDLE

BACK

Butt Joint

Half-lap joint

Figure 4: Force-deflection relationship for Column restoring
force. [2]

Assuming that the column is a rigid body and will
be subjected to left and right rotations, an idealized
moment-equilibrium relationship for the column is
presented as equation (1) and (2).
Right turn moment:
Left turn moment:
Equilibrium condition:

....(1)
M R  PH
M L  W ( B   ) ....(2)
....(3)
MR  ML

By substituting equations (1) and (2) into equation (3),
equation (4) can be expressed as follows:
PH

....(4)
1
WB

B

1/2 column
diameter

Corridor
Frame

1/2 column
diameter or
column-wall
thickness
1/2 column
diameter

Internal Main
Frame

Half-lap joint
1/2 column
diameter

Corridor
Frame

Figure 5: Commonly-used joint designs for the column-beam
region of the Taiwanese Dieh-Dou timber frame.

In the case of the Japanese traditional timber frame,
the Nuki (tie beam) - column connection generally holds
the primary role of structural resistance. As the basic
moment-resistance mechanism of the wood-interlocking
joints depends on the friction effect, when the tie beam
penetrates through the column mortise, partial
embedment of the timber fibres (when loaded
perpendicular to the grain) will be observed on the lower
(A) and upper (B) contact surfaces of beam around the
column mortise region (Figure 6).

Drawing from the results of equation (4), it is
understood that when the column encounters a maximum
horizontal force which exceeds the theoretical
relationship of PH/WB=1, the column is likely to topple,
as illustrated by the descending linear line (derived by
equation (4)) in Figure 4b. Hence, the following
tendency can be concluded from the above relationships:
(1) The larger the ratio of width and height (B/H),
the higher the maximum restoring force;
(2) The bigger the vertical force (W), the higher the
maximum restoring force.

(a)
(b)
Figure 6: A typical Japanese traditional timber building
showing (a) the column-beam system; and; (b) the basic
moment-resisting behaviour of the tie beam with the column.

The second important seismic resistance
mechanism of traditional timber frame is the effects of
wood-interlocking joint between the column and
horizontal members. In the Dieh-Dou timber frame, the
Tong-Zhu (or primary beam-column) connection

Although the timber framing methods of Taiwan and
Japan are different in general, both share the basic
principle of having the beam-column joint undertaking
most of the structural-resisting role (Figure 3 & 6). The
linear-elastic behaviour of the complex bracket has been
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proposed [3-4], but the mechanical behaviour of the
Taiwanese internal main frame has not been interpreted
clearly. Hence, in this paper, the structural performance
of the beam-column system is studied in an attempt to
clarify the contributions made by these critical members.

screw fixation between the Cha-Jiao member and the
beam (Figure 8).

2 MATERIALS AND METHODS
2.1 DESIGN AND PREPARATION OF THE TEST
SPECIMENS
The design of the test specimen mainly originates
from an existing traditional Dieh-Dou timber frame that
was once part of the Entrance Hall of the Chung Family
Ancestral Hall at Ping-tung County in southern Taiwan
(Figure 7). The Ancestral Hall was rebuilt in 1930 using
Taiwan red cypress (Benihi; Chamaecyparis formosensis
Mats.) as the main structural frame material and was
completed in 1935. Most of the geometric dimensions of
individual members (except the column height and beam
length) of the test specimens are based on the initial
design of the Entrance Hall internal main frame section
(Figure 7, box-up region). The specimens and its dowels
were made of China Fir (Cunninghamia lanceolata).
Basic details of the structural members are summarised
in Table 1.

Shu

Shu
Shu

Figure 8: Assembly difference between half-penetrating (left)
and full-penetrating specimens (right).

2.1.1 Consideration for the beam design
Generally, the use of one-sided penetration beam
tenon joint is commonly found in Taiwanese and
Japanese traditional timber frames; hence the beam
penetration depth is designed to be half of the column
diameter. Next, the Japanese full-penetrating beam joint
design in Figure 6 is similar with the Taiwanese ChuanDou type (Figure 2b), thus full-penetrating joint design
was selected as another parameter. As the main interest
of this experiment is primarily targeted around the joint
design between the beam-column and Dou region of the
main frame, hence decision is made to shorten the
overall beam length to 2 m (Figure 9).

Shu
Shu
Shu

Corridor
Frame

Internal Main
Frame

Corridor
Frame

Figure 7: Initial design of the prototype building: Entrance
Hall of the Chung Family Ancestral Hall in Pingtung county of
Taiwan
Figure 9: Simplification of beam

Table 1: Basic details of structural members
Structural
members

Dimension
(L*W*H/mm)

Total
Quantity

Average
*E0

Average
*E90

6

-

Column

2400*300

Dou

300*300*150

3
30

Beam

2000*100*240

15

(GPa)

-

(GPa)

1.8
11.3

-

6

Cha-Jiao
760*60*300
1.1
*All E values, except column, were derived indirectly via the ultrasonic
echo technique. E value of column is obtained from [5].

In this study, apart from column height, the main
differences between the two regions’ timber frames are
the penetration depth of the column mortise and the
absence and presence of a brace-like member, Cha-Jiao.
Wooden dowels were commonly used between the
column and the Dou members. As for of the Cha-Jiao
member of the ‘half-penetrating’ specimens, the current
jointing design between the Cha-Jiao member and the
column has been simplified into a shallow butt-joint and

In addition, considering the actual load transferring
area the Dieh-Dou round beam might be just limited to
the rectangular section with thickness that of the beam
tenon, it was decided to simplify the round beam section
of the Dieh-Dou type into a rectangular section so that
the results can also be applied to the Japanese traditional
tie beam design (Figure 9).
2.1.2 Consideration for the column height design
There are mainly two types of column design in the
Dieh-Dou timber buildings in Taiwan. The first type
consists of a full length timber column body which
extends all the way down to the stone plinth; whilst the
second type is a combination of a shorten timber column
body with another building material (such as stone,
reinforced concrete or brick structures; Figure 3). The
presence of the latter type could be due to a limited
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supply of wood material during time of construction or
due to the owner’s tight building budget.
In view of the
above situation, a total
of
50
Taiwanese
historic buildings with
Dieh-Dou type timber
frame design were
surveyed. Of which,
86 columns were
surveyed and the
results are presented in
Figure 10. From the
pie chart, two of the
most common column
height designs fall
Figure 10: Overview of column
within the range of
height design for Dieh-Dou type
3.50 - 4.49m and 1.50
- 2.49m. However, due to the height limitation of the
reaction frame, three types of column heights (240, 180
and 120cm) were chosen for the test.
Reaction frame

Pull-in

Cyclic loading

Pull-in

G23
G24
G15

G16

G32 & 33
G27
G28

T7

T2
T3

T26

LDVT (Horizontal) : T1 - T4, T25, T26
LDVT (Vertical) : T5 - T8
Strain gages
: G9 - G16, G23, G24,
G30 - G33

T6

G13

Half-Penetrating beam test

Full-Penetrating beam test

1200
840

2400
2040

1800
1440
H:1800mm

H:1200mm

H:2400mm

1200
840

1800
1440

2400
2040

Half-penetrating beam design

300

H:1800mm

T26

G30 & 31
G14 T4

H:1200mm

Figure 11: Experiment overview

T2
T3

T6

G13

100

H:2400mm

G16

T5

Full-penetrating beam design

300

G15

G14 T4

50kN Actuators x 2

G32 & 33

G23
G24

G30 & 31

Stone base

T1

Vertical
support

Column vertical force (20kN / 40kN)

T5

G9 &11
G10 &12
T8
T25

T1

G29

Two pairs of pulley-wire loading
system installed at the front and
back of the timber frame to
simulate roof vertical load

Push-out

Cyclic loading
G9 &11
G10 &12
T8
T25

T7

LDVT (Horizontal) : T1 - T4, T25, T26
LDVT (Vertical) : T5 - T8
Strain gages
: G9 - G16, G23, G24,
G27 - G33

The full-scale specimens were fabricated and
shipped from Taiwan, and reassembled in the Laboratory
of Structural Function in RISH, Kyoto University to
study the structural behaviour of the beam-column
system. Under different combinations of vertical and
horizontal loads, the in-plane behaviour of the timber
frame was studied. Three test parameters, column
heights (240, 180 and 120cm), vertical loads (20 and
40kN) and the presence/absence of tie beam, were
considered. Cyclic horizontal load was applied with a
displacement speed of 0.05 mm/sec. Two pairs of wire
pulley systems were used to simulate constant vertical
loadings. The displacement target for horizontal loading
began at 1/300 radian, and gradually increases from
1/200, 1/150, 1/100, 1/75, 1/50 to 1/30 radian. A final
pull- and push-over test (1/15 rad) was applied for the 40
kN case. The experimental details are summarised in
Figure 11.

Push-out

Steel girder

100kN Actuator

2.2 EXPERIMENT PROCEDURE

WCTE 2016 e-book | 904

3 RESULTS AND DISCUSSION
In this paper, discussion will be mainly focused on
the results of half- and full-penetrating tie beam tests.
3.1 DAMAGE PATTERNS
An overview of the deformation patterns observed
during tests is summarised in Figure 12. First sign of
visible deformation began at the beam-column region,
with column rocking (Figure 12e) and beam-column
joint rotation (Figure 12b and 12c) dominating
throughout the entire test sequences. Visible rotational

deformation of the column-Dou joint (Figure 12a) began
from 1/30 rad test onwards.
Similarly, signs of bending deformation of columnCha-Jiao’s tenon (Figure 12b) began from 1/30 rad
onwards for pull-in tests. Except for the final 1/15 rad
push-out test, little or no bending deformation was
generally observed on the Cha-Jiao member. This is
because the connection between the Cha-Jiao and
column is generally not tight and shallow-jointed; hence
it will tend to slide off from the column mortise during
push-out tests.

Half-penetrating beam test
Dou

PULL - IN

(a)
Cha-Jiao

Beam
Cha-Jiao

Bending of
Cha-Jiao’s
tenon

Pull-in

(b)

PUSH - OUT

Push-out

Slight
embedment
Cha-Jiao

Pull-in

Half-penetrating case

(c)

Full-penetrating beam test

Beam
Beam

Full-penetrating case

(d)

(e)
Figure 12: Typical deformation patterns observed during tests: (a) Rotation of Dou; (b) Bending deformation of Cha-Jiao during
beam-column rotation; Rotation-induced embedment on the upper and lower surface of beam in: (c) Half-penetrating beam and (d)
Full-penetrating beam; (e) Column rocking
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3.2 HYSTERESIS LOOPS
An overview of the hysteresis loops of forcerotation curves for half- and full-penetrating beam tests
under different vertical loads are presented in Figure 13.
All test results generally exhibited similar trend of
increasing stiffness as vertical load increases and column
height decreases.
Severe pinching around the central region is a
typical characteristic of traditional oriental timber joints,
particularly at the beam-column joint. This is because
the column mortise is often shaped slightly larger (at
least 5mm to 10mm; or subject to carpenters’ skill) than
the beam section so as to allow ease of installation. This
pinching effect suggests that permanent deformation
(such as partial embedment) might have begun on the
structural members at early stage.
Likewise, penetration depth of beam into column
has direct effect on the global shear resistance. Unlike
half-penetrating beam, which basically sustained either
lower or upper partial embedment around the column
mortise edge region (Figure 14) when subjected to pullin or push-out tests, respectively; full-penetrating beam
usually sustained upper and lower partial embedment

(Figure 6b and Figure 12d) at the same time, regardless
if it is subjected to pull-in or push-out tests. Therefore,
moment resistance of full-penetrating beam will tend be
greater due to ‘double embedment effects’.
This observation in good
agreement with the test
results (Figure 13) as the
measured shear force of
the full-penetrating tests
are generally twice that of
the half-penetrating case
for both vertical loads.
Although
the
Figure 14: Embedment
hysteresis loops of the
scenario of half-penetrating
half-penetrating
timber
beam
around
column
frames showed poorer
mortise.
energy dissipation capacity
as deflection increases, the ability of the timber frame to
sustain large deformability and continued to maximise
its global moment-resistance proved the high ductility
nature of Dieh-Dou timber frames, even in times of large
deformation.

Figure 13: Shear force vs. deformation angle relationship
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3.3 BEAM JOINT EFFECT
Figure 15 and 16 describe the moment relationship
between the column and beam joint for half-penetrating
and full-penetrating beam tests, respectively. The red
curve refers to the combined moment contribution of
beam-column joint and Cha-Jiao member in the halfpenetrating tests; whilst the blue curve generally refers to
the moment contribution from beam-column joint for
both tests.
From Figure 15, moment resistance between the
Cha-Jiao and column joint is more prominent when
subjected to pull-in test. Also, the shorter the column
height, the moment-resisting performance of the ChaJiao will be greater. This observation suggests the
importance of Cha-Jiao towards the global moment
contribution of beam-column joint, particularly at the
elastic stage. However, due to its shallow connection
with the column (60mm), the Cha-Jiao member in this
study can only maximise its potential up to a
deformation angle of 1/30 rad. When deformation angles
exceeds 1/30 rad, the influence of Cha-Jiao become
minimal (Figure 13) and the moment-resistance role is
subsequently taken over by the beam-column joint (blue
curves) where partial embedment around the column
mortise might have taken place.
In the case of full-penetrating beam tests, the curves
from Figure 16 for the pull-in and push-out tests are
generally symmetrical as both upper and lower surfaces
of the beam sustain embedment during joint rotation
(Figure 6). Moment resistance from the pull-in tests are
generally greater than the push-out tests.

Generally, the effect of roof vertical loads is
directly related to moment resistance and energy
absorption capacity of the global frame. In addition, the
shorter the column height, the overall moment-resisting
performance of the beam-column joint will be improved
significantly. When a heavier vertical load (40kN) is
imposed onto the frame, the joints between each
connected members becomes tighter, subsequently
increase the stiffness of the global frame. Furthermore,
by comparing the results with the same deformation
angle, it is found that the overall moment-resistance and
energy absorption capability of the global frame is
greater in general.
Exceptions were observed for the case of HN18B40, HN12-B40, FN18-B20 and FN18-B40, where the
effects of shorter column height and heavier vertical load
did not produce the anticipated results. This could be a
case of material weakness of the Dou and/or beam
members. This observation is particularly clear for the
case HN12-B40, where the Dou member already showed
signs of vertical shear during the 1/30 rad tests. Hence
despite having a comparatively ‘stronger’ beam
(11.9GPa), the weaker Dou (1.31GPa) had already
yielded at an earlier stage. As a result, the anticipated
higher moment resistance performance of the global
frame was not met in the final 1/15 rad test.
Similar case is also seen in the FN18-B40 case.
Even though the material property of the Dou in this test
is ‘stronger’ (2.54GPa), the entire performance of the
frame was compromised by the weaker beam (9.6GPa).
Therefore, the maximum moment measured for the pullin test appeared to be lower than the FN24-B40 test.

Figure 13: Moment-rotation relationship between column and beam of Half-penetrating beam tests.
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Figure 14: Moment-rotation relationship between column and beam of Full-penetrating beam tests.

4 CONCLUSIONS
Under different combinations of vertical and horizontal
loads, beam penetration depth and column height, a
series of static tests was conducted to study the structural
performance of the oriental beam-column system. The
following conclusions can be made:
(1) The effect of tie beam penetration depth into the
column has significant effect on the global
moment resistance.
(2) In the case of half-penetrating beam test, the
Cha-Jiao member was found to have
considerable moment-resistance capability,
particularly in the elastic stage; hence it should
be taken into consideration during the global
structural evaluation of the ‘half-penetrating
beam’ case.
(3) The material properties of structural members
such as Dou and beam have critical impact on
the overall performance of the timber frame.
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THE STATISTICAL VARIABILITY AND LENGTH EFFECTS IN THE
TENSILE TRANSVERSE BEHAVIOR OF CLEAR TIMBER
Alireza Farajzadeh Moshtaghin1, Steffen Franke2, Thomas Keller1 and Anastasios P.
Vassilopoulos1
ABSTRACT: In this work, clear timber specimens of different lengths with a small cross-sectional area were cut in the
transverse direction of timber boards and tested under tensile loading. Regularly positioned and randomly positioned
specimens were cut from different timber boards. Local deformations in each specimen were measured during the tests
and the mechanical behavior of specimens of different lengths was compared. Statistics and size effects concerning the
elastic modulus and strength were studied. The transverse tensile behavior was approximately linear. The results show
very significant variability in the transverse elastic modulus, as high as 1000% between some specimens. The transverse
tensile strength decreases linearly with specimen length increase on logarithmic scales.

KEYWORDS: Clear wood, Transverse mechanical properties, Quasi-static loading, Length effect, Uncertainty

1 INTRODUCTION 1 23
The existence of variability in the mechanical properties
of timber has long been recognized [1]. This variability
is related to the age, original position of the timber
within the tree, structural complexity and imperfections,
load history during tree growth etc. [2]. As a
consequence of this variability, the statistics of the
mechanical properties of timber can change with
specimen size [3].
The longitudinal mechanical properties of timber have
been more intensively investigated compared to the
transverse properties. This is primarily because of the
common applications of timber for beams and truss
elements where mainly longitudinal stresses develop. On
the other hand, in some applications such as mechanical
and adhesively-bonded timber joints, transverse
properties, such as the transverse tensile strength of clear
timber which is only a few percent of its longitudinal
tensile strength [4], are of critical importance.
The mean strength of timber, in its brittle failure modes
such as those under longitudinal and transverse tensile
loadings, decreases as its volume increases, since the
probability of the occurrence of a weakest material point
with a lower strength value increases. This phenomenon
is referred to as the size effect on strength. Several
experimental works have been devoted to the effect of
size on the transverse strength of clear timber [1, 5-9],
1 Composite Construction Laboratory (CCLab), EPFL,
Lausanne, Switzerland, alireza.farajzadehmoshtaghin@epfl.ch
2 Timber and Composite Construction, Bern University of
Applied Sciences, Biel, Switzerland, steffen.franke@bfh.ch

mainly focusing on glued-laminated material. The
classical Weibull size effect law (CWSEL) [10] is
commonly used in the literature for modeling this effect
[5,6,9]. Very few works in the literature have adopted
other approaches to investigate the size effect in timber,
especially in the transverse direction. In the case of
transverse strength, Pedersen et al. [8] and Astrup et al.
[9] conducted transverse tensile tests on bulk specimens
with a double symmetry and observed a large size effect
in the results. They developed a deterministic model for
the size effect observed from experiments. This model
was based on the consideration of stress inhomogeneity
caused by the anisotropic nature of timber.
Previous experiments were mostly carried out on bulk
cubic or glulam specimens in order to comply with the
EN standard [11], which recommends a glued laminated
timber composed of solid timber blocks as the testing
specimen, while the size effect on the transverse strength
of small clear specimens has not been investigated. Also,
it is reported in [3] that no conclusive evidence has yet
been found concerning the accuracy of probabilistic
strength size effect theories, like the CWSEL. Compared
to the uncertainty regarding strength, the effect of the
high scatter in the timber elastic properties [12] on the
response of timber structures has received less attention
[3,4,13]. However, a spatially variable elastic field can
lead to a different stress field, compared to the case of a
uniform elastic modulus. This stress field results in a
different failure probability when used with a failure
function, compared to the case when the spatial
variability is not included.
This work addresses the aforementioned shortcomings in
the literature by performing quasi-static experiments on
specimens cut in the transverse direction with different

WCTE 2016 e-book | 909

lengths and analyzing their mechanical behavior and
failure types. In addition to the global displacement
monitoring, the local deformations along the length of
each specimen were measured. The mechanical behavior
of specimens of different lengths cut in regular and
random manners from different boards was studied. The
statistics of the elastic modulus and strength as well as
the effect of specimen length on these properties were
examined. The accuracy of CWSEL for the transverse
tensile strength of small clear specimens was also
evaluated.

2 EXPERIMENTAL INVESTIGATION
Norway spruce wood was used for the specimen
fabrication. Specimens were conditioned to 12%
moisture content before testing following the ASTM
standard D143-14. They were tested in the lab
temperature of 22±3 C°. The specimens were cut
following two different plans. In the first plan, each
board was used for cutting specimens of a specific
length, regularly distributed over the board. These
boards are designated as regular boards (REB). In the
second plan, specimens of different lengths were
randomly positioned in each board. These are referred to
as random boards (RAB). The typical boards used for
specimens of different lengths are shown in Figs. 1a a, b
and c. Specimens of 8mm, 32mm and 120mm nominal
lengths were fabricated.

a)

experiments, 226 specimens were tested during the main
program.
The following system is used to refer to the specimens in
this study: TT-abc-16-de-fghi where TT refers to
transverse tensile, ‘abc’ is the specimen length in mm
(008, 032, 120), 16 is the cross-sectional area in mm2,
the same for all specimens, and ‘de’ denotes the
specimen ID number in each group of specimens with
the same length. Finally, ‘fghi’ indicates the specific
board.
A 5-kN walter+bai electromechanical testing machine
was used for conducting the experiments. Quasi-static
tensile tests were done in the displacement-control mode.
Stroke rates of 1 mm/min for specimens with nominal
lengths of 8 and 32 mm and a stroke rate of 2 mm/min
for specimens with a nominal length of 120 mm were
used on the basis of previous preliminary experiments so
that the final failure occurred within 180±60 s
throughout the whole testing program.
A video extensometry system composed of a 10-bit Sony
XCLU1000 CCD connected to a Fujinon HF35SA-1, 35mm f 1.4-22 lens with an accuracy of ±0.005 mm was
used during the experiments to measure the axial
deformation. Prior to the tests, black target dots of 1.1mm diameter were applied on the specimens’ surfaces.
The distance between each two consecutive dots was 4
mm for all groups of specimens. A typical specimen of
32-mm length mounted in the testing rig is shown in Fig.
2b. The axial coordinates of the dots were recorded at a
frequency of 5 Hz by the video extensometer throughout
loading. Using the displacements of the first and last dots
on each specimen, an overall strain for each nominal
length was obtained. These data were used for
calculating the effective elastic modulus for each
specimen. Nominal axial stresses were calculated by
using the load measurements and the initial crosssectional areas.

a)

a)

b)
Figure 1: a) A REB with 8mm specimens b) A REB with 32mm
specimens c) a RAB with specimens of different lengths.

Specimens with different lengths were fabricated by
using a CNC machine. A cross-sectional area of 4×4
mm2 was considered for all investigated specimens.
Representative specimens are shown in Fig. 2a. The
length of the middle zone (nominal length) can be 8, 32
and 120 mm. After conducting a number of preliminary

b)
Figure 2: a) Specimens b) Testing rig with a failed specimen.
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3 Mechanical behavior
Tensile stress-strain curves of the 8-mm, 32-mm and
120-mm-length specimens, cut from the REBs, are
shown in Figs. 3-9. In the cases of boards with two rows
of specimens, the curves in each row are indicated by a
different color. Maximum and minimum strengths and
strain to failure are indicated by vertical and horizontal
dashed lines in each figure. The overall strains are used
for plotting these curves; the average slope of each curve
indicates the effective elastic modulus.
An almost linear stress-strain behavior is observed for
most of the specimens. There is a high scatter in the
effective elastic modulus, strength and strain to failure
(overall strain) for each length. In a few cases, the
maximum/minimum values of strength are associated
with the maximum/minimum values of strain to failure,
especially when the minimum strength in a board is
relatively low.
Considering the specimens of 8-mm length, the results of
the two rows from each board are not significantly
different. The range of variation of strength and strain to
failure is wider in the first board. The specimens from
the first board have slightly higher strengths.
In the first board for specimens of 32-mm length, the
specimens in the upper row exhibit higher moduli and
strengths and lower strains to failure. However, the
specimen behaviors in the two rows of the second board
are not significantly different. As a result, the scatter in
the mechanical properties is higher in the first board.
Also, the first board is less stiff than the second board
and exhibits lower strengths but higher strains to failure.
In the specimens from the first board, higher moduli
values are associated with higher strengths, which is not
the case for the specimens from the second board. The
range of variation in the strength is wider in the first
board, mainly because of one specimen that happened to
have a relatively low strength.
Regarding the specimens of 120-mm length, the
specimens from the first board have lower moduli and
strengths. The scatter in the effective elastic modulus
and strain to failure is higher in the first board. However,
the second board shows higher scatter in the strength.
The strength is higher for the specimens from the third
board than those from the second board, and higher for
the specimens from the second board than those from the
first board.
Specimens of 8-mm length exhibit a lower variability in
their mechanical properties, since they represent mainly
the variability of the transverse modulus in the
longitudinal direction. The variability of the transverse
modulus in the transverse direction of the boards can be
better taken into account when specimens are longer.
However, a size effect is still present with shorter
specimens exhibiting higher strengths.
The experimental results for the mechanical properties of
specimens of different lengths in the RABs are shown in
Figs. 10-12. The mechanical behavior is almost linear,
similar to the REBs. The strength consistently decreases
with increasing specimen length. A detailed discussion
regarding the size effect is provided in Section 4.

The mechanical properties of each specimen including
the effective elastic modulus, the strength and the strain
to failure as well as their maximum and minimum values
in each board, along with density and failure type, are
given in Tables 1-3. The failure types are discussed in
Section 5. Those few specimen densities affected by a
nearby knot (mainly in the tab of the specimen) are
indicated by * and are excluded when examining the
correlation between density and mechanical properties.

Figure 3: Transverse tensile stress-strain curves of spruce
wood for 8-mm specimens cut from REB1

Figure 4: Transverse tensile stress-strain curves of spruce
wood for 8-mm specimens cut from REB2
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Figure 5: Transverse tensile stress-strain curves of spruce
wood for 32-mm specimens cut from REB1

Figure 6: Transverse tensile stress-strain curves of spruce
wood for 32-mm specimens cut from REB2

Figure 7: Transverse tensile stress-strain curves of spruce
wood for 120-mm specimens cut from REB1

Figure 8: Transverse tensile stress-strain curves of spruce
wood for 120-mm specimens cut from REB2

Figure 9: Transverse tensile stress-strain curves of spruce
wood for 120-mm specimens cut from REB3

Figure 10: Transverse tensile stress-strain curves of spruce
wood for 8-mm specimens cut from RABs
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transverse direction is covered and therefore the
variability of the transverse elastic modulus in the
transverse direction can be appropriately investigated.
Considering the RABs, the mean value of the modulus
slightly increases from 8-mm to 32- mm-length
specimens and then decreases for 120-mm-length
specimens, indicating that the mean value does not
change significantly as size changes. On the other hand,
the COV decreases consistently as specimen lengths
increase.
Table 1: Statistics concerning the effective transverse modulus

Property

Figure 11: Transverse tensile stress-strain curves of spruce
wood for 32-mm specimens cut from RABs

Length

Mean

COV (%)

(mm)

(MPa)

Effective

8

787.0

14.65

modulus

32

464.3

49.90

in REBs

120

513.8

44.06

Effective

8

574.7

35.24

modulus

32

655.9

28.54

in RABs

120

581.8

20.53

4.2 Statistics of transverse tensile strength

Figure 12: Transverse tensile stress-strain curves of spruce
wood for 120-mm specimens cut from RABs

4 Statistics of properties and length effects
4.1 Statistics of effective transverse elastic modulus
The statistics of the effective elastic modulus for the
three specimen lengths, cut from the REBs and RABs,
are given in Table 1. First, test results for specimens cut
from the REBs are considered. It can be seen that the
mean value for specimens of 8-mm length is
considerably higher than those for 32-mm- and 120-mmlength specimens; however, the standard deviation (SD)
is lower. Consequently, the coefficient of variation
(COV) for the 8-mm-length specimens is also much
lower. This is because the elastic moduli values of the 8mm-length specimens mainly represent the scatter in the
transverse elastic modulus along the longitudinal paths
from which they were cut. This is also true for the mean
value of the modulus for the 8-mm-length specimens
from the REBs. However, in the case of the 32-mm- and
120-mm-length specimens, a wider range in the

The statistics of strength are given in Table 2 for
specimens cut from both the random and the regular
boards. The mean strength decreases with increasing
length in all cases. Concerning the variability in the
REBs, the COV of the 8-mm-length specimens is
considerably lower than the other COVs. Similar to the
case of the elastic modulus, this is because the COV of
the 8-mm-length specimens from the REBs mainly
represents the variability of the transverse tensile
strength in the longitudinal direction. Considering the
specimens of each length from the RABs, the COVs are
similar, as shown in Table 2. However a sound
conclusion cannot be drawn for the specimens cut from
the REBs, since each specimen group (different lengths)
comes from a different board and the COV is therefore
increased as it includes the variability resulting from
different boards.
According to the classical Weibull size effect law
(CWSEL), the strength changes linearly with specimen
size on the logarithmic scale. The slope of this line
depends only on the shape factor of the corresponding
Weibull distribution. In turn, this shape factor is only a
function of COV. Therefore, using each three COVs
from the RABs, the COVs of the strength data for
specimens of 8-, 32- and 120-mm lengths were
calculated and used to obtain an average value for the
line slope. This slope, equal to -0.095, was used to fit a
line to the experimental data, labeled as CWSEL in Fig.
13. The variability between the different boards is also
shown in this figure as the mean values of strength
obtained for each one of the RABs per specimen length
is also indicated by solid symbols. This figure shows the
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experimental data on the logarithmic scale. It is seen that
this line can well describe the size effect on the
transverse strength of clear timber. The R-squared value
for the fitting line is 0.972. This result is in contrast to
the case of the longitudinal tensile strength, recently
shown in [14].
It should be noted that the above analysis is not carried
out for specimens from the REBs since specimens of
different sizes are cut from different boards and, as
shown in Fig. 13, variability between boards can affect
the resulting average strengths.

Table 2: Statistics concerning the transverse strength

Property

Length

Mean

COV (%)

(mm)

(MPa)

Strength

8

9.41

8.18

in REBs

32

7.57

17.57

120

5.63

19.01

Strength

8

9.71

10.88

in RABs

32

8.68

13.43

120

7.79

10.49

perpendicular to the loading direction, leading to higher
strength values for this failure type. The second type
failure occurs in both earlywood and latewood. The
failure plane is often not perpendicular to the loading
direction, so the shear forces also participate in the
failure. The failure path is a mixture of radial and
tangential bonds, with the radial bonds constituting the
larger part. In the third type, failure occurs in the radial
bonds between earlywood and latewood, and the failure
plane is not perpendicular to the loading direction,
therefore shear forces are also acting on the failure plane.
In the fourth type, the failure plane is approximately
perpendicular to the loading direction. Consequently,
with higher grain angles, the fracture path is a mixture of
radial and tangential bonds in this failure type, which
causes the strength to be lower than the previous types.
The statistics of strength of all specimens from the REBs
and the RABs, grouped according to their failure types,
are given in Table 3.

a)

b)

c)

d)

Figure 14: Different failure types observed in specimens: a)
Earlywood failure b) Earlywood-border failure c) Growth ring
border failure d) Crossing growth ring failure. Vertical
dimension is 4mm (specimen width). Load is applied in
horizontal direction.
Table 3: Statistics of strength for all specimens when grouped
according to failure types and statistics of local elastic
modulus at failure zone

Figure 13: Evaluation of accuracy of CWSEL against
experimental data. Each hollow circle shows mean strength
values for specimens of specific lengths cut from RABs. Solid
circles show strength mean values in individual boards for
specimens of specific lengths.

5 Specimen failures
Four types of fracture were observed in the specimens,
as shown in Fig. 14: 1) Earlywood 2) Earlywoodlatewood 3) Growth ring border 4) Crossing growth
rings. In the first type, failure happens mostly in the
earlywood radial bonds which are stronger than
tangential bonds and the failure plane is approximately

Failure

Number of

Strength

Local modulus

type

specimens

(MPa)

(MPa)

1

134

8.85±1.26

634.1±246.1

2

42

7.42±1.58

614.1±284.9

3

32

6.34±1.71

546.2±308.6

4

15

5.50±1.77

179.0±119.0

In order to investigate whether or not the above
classification also implies a significant difference
between the mean strengths of the four groups, an
analysis of variance (ANOVA), at a significance level of
5%, was performed. The null hypothesis states that
samples in different data sets are taken from the same
population. In this procedure, the variability of the
means of data sets around the grand mean (between-set),
which is the mean of all the raw data, is compared to the
variability of the raw data around their respective means
(within-set). By dividing the “between-set” variability by
the “within-set” variability, an F-value is obtained
which, along with the number of data sets and sample
sizes, can be used for the estimation of the p-value from
the F-distribution. The lower the p-value, the lower the
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probability that the raw data in the data sets are taken
from the same population. Information regarding the
calculation of the p-value is given in [15,16]. A p-value
of 1.11e-16, which is far less than 0.05, was obtained for
the examined pool of data sets, suggesting that one or
more data sets were significantly different from the
others. To identify the sets with significantly different
mean values, the Scheffe’s test [17] was used. The
results of this test are given in Table 4. Any comparison
whose associated p-value is less than 0.05 indicates a
significant difference between the related data set mean
values. All the estimated p-values, except the p-value of
the pair 3 and 4, which is 3.21e-1, are less than 0.05. All
comparisons, except that between the third and the
fourth groups, show that specimen groups with different
failure types have statistically significantly different
mean strengths. Although the difference between the
mean strength values of the third and fourth groups is
similar to the differences between the first and second, or
second and third groups, the limited fourth group sample
size may have masked the significant statistical
difference between these groups.
Table 4: Results of Scheffe’s test for two-by-two comparisons
between failure types

Pair

P-value

1 vs 2

1.51e-6

1 vs 3

1.13e-14

1 vs 4

8.67e-14

2 vs 3

1.71e-2

2 vs 4

2.56e-4

3 vs 4

3.21e-1

6 CONCLUSIONS
In this study, an experimental campaign consisted of
transverse tensile quasi-static experiments on specimens
of different lengths made of spruce wood was conducted.
A total number of 226 valid experimental results were
obtained. The cross-sectional area was the same for all
specimens and reasonably small, so as to exclude the
effect of the variability of the properties in the cross
section. The nominal length of specimens varied from 8
mm to 120 mm in order to investigate the size effect on
the mechanical properties. The following main
conclusions were drawn:
•
A plan with randomly positioned specimens is more
appropriate for cutting specimens from a timber
board, since the randomness in the mechanical
properties is better captured.
•
A highly significant variability was observed in the
transverse tensile elastic modulus of clear spruce
wood. COV of elastic modulus and mean value of

•

•

the transverse strength are reduced as length
increases.
The CWSEL is sufficiently accurate for modeling
the size effect on the transverse tensile strength of
clear timber. This is in contrast to the case of
longitudinal tensile strength, as shown in a previous
study.
Four types of failure were observed in the
specimens. The strengths were higher when the
grain angle was lower.
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FUNDAMENTAL STUDY ON SIMPLE COMPRESSION TEST AND STRESS
RELAXATION CHARACTERISTICS OF WOOD
Ryoma Tana a, Toi hiro Watana
Na ano

2,

Toshia i Sato 3, K nto Su u i 4, Masayu i

ABSTRACT: In recent years, as the service lives of timber structures have increased, there has arisen a need for better
comprehension of how the seismic performance of such structures can be changed via wood stress relaxation. Herein,
the authors report on their study of wood-bolted joints, and describe the effects of imposition time on wood stress
relaxation. More specifically, imposition times of 1, 3, 5, and 10 s. were set and imposed via a precision universal /
tensile tester (PUTT), after which 100 s simple stress relaxation tests were conducted. The results were then compared
to wood-bolted stress relaxation tests previously conducted by the authors. The results suggest that the wood stress
relaxation is only slightly affected by imposition speeds and that wood-bolted joint stress relaxation can be reproduced
via simple stress relaxation testing.
KEYWORDS: Compression, Viscoelastic properties of wood, Wood stress relaxation, Velocity dependence,
Wood-bolted joint

1

INTRODUCTION 1234

It is widely known that the viscoelastic properties of
wood cause stress relaxation and creep. Assuming that
wood is subjected to a continuous constant load, load
deformation increases and stress decreases over the
course of time. These phenomena are known as wood
creep and stress relaxation.
In recent years, as the service lives of timber
structures have increased, it has become apparent that
the seismic performance of these long-life timber
structures could be degraded by wood stress relaxation.
Accordingly, in architectural fields, there is an
increasing need to study the influence of the
phenomenon.
An example of a wood-bolted joint commonly used
in housing is shown in Fig. 1. Here, it is presumed that
the fastening power of the bolt would relax as looseness
occurs in the joint and various other locations in the
structure. Under such conditions, the expected seismic
performance of these timber structures cannot be assured.

Additionally, while wood stress relaxation has been
studied previously [1], scant attention has been paid to
the actual influence of the phenomenon on the seismic
performance of timber structures.
With these issues in mind, the authors have
previously advocated wood-bolted stress relaxation
testing [2,3,4]. In those tests, the grain direction of the
specimen was named the “L” direction, while the
direction perpendicular to the grain was named the “R”
direction. The test results were compared to that of
partial compression testing conducted in earlier studies
[5,6].
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In this study, in order to more easily comprehend the
viscoelastic properties of wood, stress relaxation testing
via simple compression is conducted. Since the
specimens used in these tests are the same size as those
used in the wood-bolted stress relaxation tests, the two
results were expected to correspond. Additionally, since
some of the technical problems that were reported in a
previous study occurred in the test process used in this
study, the test results make note of these influences.
This report notes that in wood stress relaxation tests
that utilize simple compression, stress relaxation
tendencies are based on the difference of imposed time,
and that the results show points of correspondence with
those obtained from wood-bolted stress relaxation tests.

2

EXPERIMENTAL

2.1 TECHNICAL PITFALLS OF WOOD STRESS
RELAXATION TESTS
In our previous study [5], differences of imposed
time to target load, creep contamination, and individual
specimens occurred frequently in various wood stress
relaxation tests. Those phenomena, noted herein as
technical pitfalls, can be reduced by partial co mpression
testing. In that study, such partial compression tests were
performed using a small punch. Since the present study
involves simple compression stress relaxation testing, it

is not necessary to use tools such as punches, etc. Thus,
testing can be carried out more easily.
However, even though numerous efforts were made
to prevent dispersion, the abovementioned technical
pitfalls still occurred in the present study. The study
results, including those effects and the relatively short
time test results, are analyzed in the sections below.
2.2 TEST CONDITIONS AND METHODS
The specimen production and selection method is shown
in Fig. 2. All specimens were clear specimen 20-mm
cubes cut from a 3-m cedar board. Two specimen series,
named A and B, which shared the same annual growth
ring, were prepared.
In this study, the results of “A” and “B” will be
compared. However, it should be noted that only “L”
direction testing was conducted. Specimens were
measured and cut using precise guides and their
compressive surfaces were polished to minimize partial
contact. While each specimen was cut from the same
annual growth ring of the stock piece in order to reduce
age variations, moisture content differences were noted.
Detailed specimen information is shown in Table 1.

T

L

20

R

20
105

Zero
cube
Cleardefect
specimen
Unit : mm

105

Cedar
Figure 2
Table 1

S

im n nam
20-A1
20-B1
20-A3
20-B3
20-A5
20-B5
20-A10
20-B10

W i ht
5.24
4.78
4.64
3.33
3.13
3.19
2.68
3.17

pecimen a rication metho

pecimen names an test con itions

D nsity
m
655.00
597.50
580.00
416.25
391.25
398.75
335.00
396.25

Moistur

ont nt
8.4
8.0
7.1
6.5
6.5
5.4
5.4
5.0
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2.3 SPECIMEN STRENGTH TESTING

Table 2

S

im n nam
A-L-1
A-L-2

40

Cedar

20

105

Specimen strength testing was carried out before the
stress relaxation test. Each specimen was a 202040
mm cedar square. The method used for producing these
specimens is shown in Fig. 3. These specimens were
selected from the “A” series annual growth ring.
Detailed specimen information is shown in Table 2.
The test process utilized was in line with Japan
Industrial Standards (JIS) Z 2101 [7]. In order to reach a
proportional limit stress at 1 or 2 min, specimens were
compressed at speeds of 0.2 mm/min. The load and
displacement of each specimen were measured on the
“AGX-plus” Autograph precision universal / tensile
tester (PUTT) (Shimadzu Corp., Kyoto, Japan) shown in
Fig. 4, which has a load cell capacity of 50 kN and a
0.005 kN resolution.
Test results are shown in Fig. 5 and Table 3. From
these results, it can be seen that while two loaddisplacement graphs do not coincide due to partial
contact, the max loads almost match. Our wood stress
relaxation test used the standard strength calculated from
these max loads.

Zero defect
cube
Clear
specimen

105

Unit : mm
Figure 3

pecimen a rication metho

pecimen in ormation

Str n th t st
D nsity
m³³
414.38
382.50

W i ht
6.63
6.12

Moistur

ont nt
6.5
5.0

Load [N]

20000

A-L-1
A-L-2

15000

10000
5000

0

Figure 4 “Autograph”

0

0.5

Figure 5

-plus

Table 3

S

Disp. [mm]

im n nam
A-L-1
A-L-2

1

oa - isplacement relationship

trength test results

Str n th t st
Ma load N
12800
1300

1.5

Ma stro
0.68
0.91

mm

2
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2.4 TEST CONDITIONS AND METHOD

2.

Because creep occurs during compression, it is necessary
to keep imposition time short during stress relaxation
tests [5]. However, the PUTT used in our study is unable
to impose compression during very short time periods
without adding to the target strain.
Furthermore, since it is difficult to exclude the effects
of the compression imposition process on the
viscoelastic properties of wood, the effects of the
imposition process are defined as an imposition time
difference. Test conditions are shown in Table 4.
Our test used examples from the results of the
previously conducted material testing. The target load
was 8600 N based on Japanese criteria [8] calculated
from the strength test results. The standard imposition
time was 1 sec, which is the shortest time the PUTT is
capable of setting. Imposition times of 3, 5, and 10 sec
were also set to facilitate result comparisons.
Test results included bad reproducibility to the target
load due to PUTT performance.
The specimen testing setup is shown in Fig. 6, where
it can be seen that strain gauges were attached to the
right and left sides of the specimens to measure the strain
of imposed direction.
The test procedure utilized is as follows. First, after
confirming that the surfaces to be subjected to
compression are aligned parallel, the PUTT head is
lowered steadily. Second, displacement is set to 0 mm
when the measurement shows 0.05 N, and the test starts
with the imposition of 1/1000 mm compression. Finally,
while holding the displacement, the wood stress
relaxation test was carried out for 100 s at 100 Hz. All
testing was conducted at temperatures of 21-24 C and
humidity levels of 30-40%.

The strain gauge positions and a measuring example
result, in which some differences could be confirmed
due to partial contact and gauge positions (on early wood
or late wood), are shown in Fig. 7. The effect of position
shows remarkable variations.
However, since an accurate evaluation process is
necessary to properly consider the latewood rate, strain
gauge measurement results that show major differences
from other similar readings were excluded and rest
results were assessed by the stroke and imposed load
measured via the PUTT.

Table 4

S

500
-1000 0

im n nam
20-A1
20-B1
20-A3
20-B3
20-A5
20-B5
20-A10
20-B10

Im os d tim

s

.

Specimen
Strain gauges

Figure 6

Com r ssion
Load N

3

10

pecimen position an strain gauge setup

est con itions

1

5

TEST RESULT ANALYSIS

8600

Hold dis . mm
0.251
0.186
0.264
0.304
0.285
0.218
0.296
0.281

s

10²

Time [s]
5000

Strain gauge on
early wood

10000

-2500

-4000
-5500

Hold tim

Strain [ ×10-6 ]
Figure 7

train gauge measurement results

Strain gauge on
late wood
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3

RESULTS

3.2 CONSIDERATION OF WOOD STRESS
RELAXATION

3.1 CONSIDERATION OF IMPOSITION
PROCESS
The relationship between the imposed displacement and
load of the specimens for different imposed time are
shown in Fig. 8.
Here it can be seen that when imposition times were
short, the specimens showed higher apparent rigidity.
This result matches the fundamental characteristics of
the viscoelastic property that were elucidated by the
Maxwell model [9]. However, the performance of the
PUTT was questionable because the linear regions of
some graphs are unstable.
Next, the calculation results of Young’s modulus,
which were calculated on graph slopes as a secant
modulus of elasticity, are shown in Table 5. An
examination of the test results for specimen 20–B3
confirmed the presence of slippage, causing this result to
be excluded.
It is suggested that the reproducibility of target load
conducted by the PUTT is bad because Young’s modules
are very high for specimens when imposition is fast. This
means it is possible that modules will differ due to
imposition time, even if the potential for bad target load
reproducibility is considered. However, it is difficult to
exclude these adverse PUTT performance effects.

Load [N]

10000

8000

Load retention (time history load: t divided by first
load: ) is shown in Fig. 9. The time line is logarithmic.
Load retention curves do not coincide. This is because of
the strain difference shown in Fig. 7, and possibly the
effects of imposition speed difference, but it remains
difficult to exclude these adverse PUTT influences. As a
result it is difficult to obtain a valuation of the velocity
dependence of the viscoelastic properties of wood in this
method.
Table 5: Young’s modules as secant modulus of elasticity

Im os d
tim s
1
3
5
10
1
3
5
10

20-A3

20-A5

20-A10

8000

6000

6000

4000
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0

Disp. [mm]
0

0.05

0.1

0.15

0.2
Figure 8

1.01
1
0.99
0.98
0.97
0.96
0.95
0.94
0.93
0.92

0.25

0

0.3

Youn s
modul s
N mm

im n
nam
20-A1
20-A3
20-A5
20-A10
20-B1
20-B3
20-B5
20-B10

2644.7
2436.7
2099.4
2088.6
3271.1
3055.6
2132.5

Load [N]
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20-A1

S

20-B1

20-B3

20-B5

20-B10

Disp. [mm]
0

0.05

0.1

0.15

0.2

0.25

0.3

oa - isplacement relationships o each specimen

Retention of load
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20-B1
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20-B10

20-A10

Time [s]
1

10
Figure 9 Retention o loa a ter

100
s
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4

COMPARISON OF PREVIOUS
STUDY

4.2 EXAMINATION OF RETENTION OF LOAD

4.1 OUTLINE OF WOOD BOLTED STRESS

RELAXATION TESTS

Herein, details are noted on our previous study [2]. In
this section, we also mention the outline of the woodbolted stress relaxation test. Specimens were fabricated
from the same wood used in the wood compression
stress relaxation test. These specimens were secured in
place by upper and lower steel members (SS400, t = 3.2
mm), penetrated by a bolt (SCM435, M4) and
compressed by a nut.
Each specimen was a clear specimen 20-mm cube,
and all other test conditions are the same as used during
the compression stress relaxation test, except for the
presence of a hole in each specimen. The wood of the
specimen was not in contact with the bolt. Basic
specimen information is shown in Table 6, while an
outline of our wood-bolted stress relaxation tests is
shown in Fig. 10.
Table 6 n ormation o

S

oo - olte stress rela ation test

Wood olt d
Load N
Hold dis . mm
1393.56
0.35
796.85
1625.42

im n nam
CL-R1
CL-R2
CL-R3

Cedar
20×20×20

Stress relaxation tests of wood by compression in the
previous study [2] do not directly correspond to the
target load. Information regarding compression stress
relaxation testing is shown in Table 7, which also shows
the correspondence to the testing conditions of the
previous study.
In the previous study [2], median axial force between
4370 N and 473 N was applied to the specimen. With all
these matters in mind, a comparison of the load retention
results of this study and the previous study are shown in
Fig. 11. The time line is logarithmic.
As can be seen in the figure, the results of specimens
CL-R1~3 of the previous study show a median tendency
in this test result. Therefore, it can be said that the wood
stress relaxation test was conducted accurately and that
load retention can be determined by the wood
compression stress relaxation test.

Hold tim

s

10⁵

Steel

Strain
gauges
22

3.2

20

Φ5

18

3.2

Φ4

Unit:mm
Figure 10

utline o

oo - olte stress rela ation test

Table 7 n ormation o compression stress rela ation test

S

im n nam
20-A1-A
20-B1-A
20-A1-B
20-B1-B
20-A1-C
20-B1-C

Com r ssion
Load N
Hold dis . mm
0.393
8600
0.238
0.306
4730
0.138
0.118
473
0.091

Hold tim

10⁴

s

WCTE 2016 e-book | 922

1.1

Retention of load

1

CL-R1

CL-R2

CL-R3
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0.9
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Figure 11 Comparison o retention
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Figure 12 Rela ation spectrum

Specimens 20-A1-C, 20-B1-C, and CL-R2 show a
fast relaxation tendency, but the imposed loads of these
specimens were small. In a previous study [5], it was
reported that imposed load differences affect stress
relaxation tendencies. Partial contact also affects these
test results.
4.3 RELAXATION SPECTRUMS
Relaxation spectrums: R t were calculated to examine
the effects of the differences in imposed load and
tendencies of the two testing methods. R t is calculated
from Eq. (1).
r

(t )  





(t )

t /

(l og )

(1)

The relaxation spectrum is calculated by the
relaxation modulus: r t δ t ε , where δ t is the
holding stress intensity and ε is the holding strain.
However, since not all specimens show strain differences,
rigidity: r [kN/mm], is used in the place of Young’s
modulus: r [kN/mm2] in this case.
r is calculated from Eq. (2). [mm] is imposed as
displacement and calculated by Young’s modulus as a
secant modulus of elasticity and imposed load. Equation

(3) deformed by Eq. (4) is used to calculate Eq. (1). The
obtained results are smoothed by a moving average in
order to verify tendencies.
r

(t ) 

(t )
0


(t)  



  (lo g10 e) 1
t  t 
r



r
( )  

 log10 e  t 

(2)

(3)

(4)

The results are shown in Fig. 12. Note that specimen 20A1-C was excluded because its spectrum is much higher
than the others.
The compression stress relaxation test and woodbolted stress relaxation test results show very similar
stress relaxation tendencies when excluding small
imposed load specimens CL-R2, 20-A1-C, and 20-B1-C.
However, because the method used for securing
specimens in this study was inadequate, there is a
definite need for improvement.
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CONCLUSIONS
In this study, wood compression relaxation tests were
conducted using a PUTT in order to minimize the effects
of creep to the greatest extent possible. Tendencies
evident from imposition time differences and
comparisons with previous studies were analyzed.
Findings obtained include the following:
1) While imposition time reproducibility was somewhat
lacking due to PUTT limitations, the results obtained did
suggest that wood stress relaxation tends to differ based
on imposed time
2) Results of the wood compression stress relaxation test
show good correspondence with wood-bolted stress
relaxation test results. This indicates it can provide a
good method for comprehending wood-bolted
connection tendencies.
3) Although the relaxation spectrum of this test shows
some correspondence with the previous study,
significant changes were observed. This indicates a need
for improvements in the method used to hold specimens.
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THE USE OF FLATWISE STRUCTURAL PROPERTIES IN THE DESIGN
OF TIMBER FRAMED RESIDENTIAL BUILDINGS
Jam s Strin r1, Anthony Da in2, Dilum F rnando3
ABSTRACT: Australian design standard for timber designs assumes the same structural properties of mechanically stress
graded softwood in flatwise and edgewise bending orientations. Multiple timber plates are often nailed together in flatwise
orientation to construct structural elements such as wall plates. In such elements, some composite action between
individual plates is considered by allowing a factored strength increase. In this study the structural performance of
Australian grown mechanically stress graded softwood was investigated for edgewise and flatwise bending orientations.
Standard timber sizes and stress grades were tested to determine orientation differences in bending strength and stiffness.
The characteristic stiffness was found to be unaffected by orientation while the characteristic strength was significantly
higher for flatwise loaded timber. A five-point wall plate test configuration was developed and matched samples tested
to determine any strength sharing in laminated plates. No strength sharing was found. Study results were submitted to
Standards Australia to amend the current batten and wall plate design practices.
KEYWORDS: Flatwise, Edgewise, Strength, Stiffness, Wall Plates, Battens, Orientation

1 INTRODUCTION 123
Technology in timber framing systems in Australia has
evolved significantly since Cyclone Tracey, in 1974,
which destroyed many traditionally built timber framed
houses and killed 71 people in Darwin, Australia. The
concept of an “engineered” timber house in Australia was
promoted as a result of this event [1]. Development and
implementation of this concept over the last 40 years in
Australia has delivered reliable cyclone resistant timber
houses. Coupled with the improved engineering design of
houses has been the improved grading of structural timber
to ensure reliable timber properties.
The majority of timber elements used in framed
construction are orientated to resist loads about their
major axis (Figure 1), as moment capacity is maximized
with this orientation. One aspect of timber framing which
has not received much research relates to the design of
timber elements in applications that resist loads about
their minor axis (flatwise orientation). Terminology for
timber bent around the minor axis varies internationally
and includes terms such as, “flat use”, “on-flat”, “weak
axis bending”, “y-y bending” or “plank bending”. Based
on the terminology used in Australia the terms “flatwise”
and “edgewise” are used in this paper.
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James Stringer, The University of Queensland,
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Roof battens, ceiling battens and wall plates are all
examples of members which are usually orientated to
resist loads about their minor axis (Figures 2 and 3).
Design methods in Australia currently assume that the
structural properties of solid wood members are
equivalent regardless of the axis of bending.

Figure 1: otation or a rectangular tim er cross-section
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Figure 2: Roo an ceiling attens

Figure 3:

Internationally most design codes do not differentiate
between edgewise and flatwise structural properties.
Different to those, the National Design Specification
(NDS) for Wood Construction [5] allows an increase in
flatwise strength relative to edgewise strength. An
adjustment factor (i.e. “flat use factor”) is applied when
‘dimension lumber is used flatwise (load applied to wide
face). This adjustment factor applies to a minimum size of
4”(102mm) x 2”(51mm), and increases with increasing
width. The maximum adjustment factor in the NDS may
increase the design bending strength as much as 20%.
Existing experimental investigations on bridge decking
[6] has demonstrated that modulus of rupture (MOR) for
flatwise loading can be considerably larger than that for
edgewise loading.
Mechanical stress grading method [7], commonly used in
Australia for assigning structural properties to exotic
plantation softwoods, uses a dynamic flatwise stiffness
measure as a grading parameter. This flatwise stress
grading method, is used to then obtain edgewise structural

all plates

properties, through knowledge of the relationship
between dynamic flatwise stiffness (grading parameter)
and the target edgewise structural properties of the graded
timber. However, if the flatwise properties are larger than
the edgewise properties, above method will result in
underestimation of the flatwise strength. Better approach
will be to correlate dynamic flatwise stiffness as a grading
parameter to flatwise structural properties than to
edgewise structural properties.
One usage of the timber plates in a flatwise orientation is
as laminated wall plates. Such wall plates, commonly
referred to as “ribbon plates” in Australia, are constructed
of multiple nail laminated flatwise members (Figure 4).
Internationally the use of multiple timber wall plates are
referred to using terms such as “overlap plate”, “lock
plate”, “double plate” and “twin plate”. In such laminated
plates, partial composite action is assumed and a strength
sharing factor [8] is used to allow for the strength increase
due to this partial composite action. In a typical “ribbon”
plate, constructed from two members of the same size and
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same grade, a 14% increase in strength capacity is
currently permitted [9]. Nail lamination is the practical
site method of fixing multiple wall plates to each other.
The increased use of construction adhesives has provided
a possible means of joining multiple wall plates, which
may increase the composite action between the plates.

Table 1

esign en ing roperties or tress ra es

D si n B ndin Pro rty
Chara t risti MOE GPa
Chara t risti MOR MPa

F
6.9
14

Str ss Grad
MGP1
MGP12
10
12.7
17
28

Figure 5: Con iguration or strength an sti ness testing
All the specimens in Series II were of stress grade MGP10 with
90mm x 35mm cross section. Testing includes single plates, two
plates joined using nails and two plates joined using nails and
glue. A five-point continuous span test configuration was
Figure 4: Nail laminated “Ribbon” plates

Against this background, this paper presents an
experimental study aimed at investigating the,
i)

bending strength and stiffness of plantation
grown softwood framing about each axis, and

used for testing the relative strength of “ribbon” plates.
This test configuration was selected to reflect typical inservice span and support conditions. The load and support
points are at 600mm centres which represent the
maximum standard wall plate span. Figure 6 shows the
five- point plate strength test configuration. Table 2
summarizes the matrix of sizes grades tested and the
number of tests undertaken for each combination.

ii) bending strength of ribbon plates connected
through different joining methods (nailed &
nailed/glued).

2 TESTING
2.1 SPECIMEN DETAILS AND TEST SETUP
Investigation incudes two series of tests, (i) series I to
investigate orientation effects, and (ii) series II to
investigate the strength sharing of ribbon plates.
The testing regime developed to investigate orientation
effects, i.e. series I involved a matrix of different grades,
section sizes, and spans. The standard Australian framing
sizes investigated were; 70mm x 35mm, 70mm x 45mm,
90mm x 35mm and 90mm x 45mm. The investigation
assessed three Australian stress grades; F5, MGP10 and
MGP12 [7]. Design properties for these stress grades
specified in AS 1720.1 [2] are given in Table 1 All the
specimens in Series I were tested under 4-point bending
standard testing method as defined in AS/NZS 4063.1 [9].
This standard reflects utilization practices and is based on
the principles of random sampling, random test specimen
location within the piece, random defect location and
random edge orientation. There is no biasing of defects,
edges, specimens or samples to achieve a lower bound test
result. A schematic of the 4-point bending test setup used
is given in Figure 5.

Figure 6: Con iguration or i e-point strength testing
Table 2

i es an gra es teste

Si s
3
4
3
4

Grad s, Flat is t st No., Ed
is t st No.
F
MGP1
MGP12
Flat
Edge Flat Edge Flat Edge
47
29
32
28
46
30
42
43
33
29
32
29
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2.2 MATCHING STRATEGY AND SAMPLE
PREPARATION
A sample matching strategy was used to ensure that all
sets of flatwise and edgewise test results could be
compared without the adverse influence of variations in
wood quality and moisture content. This involved
sampling the edgewise test specimen from run-of-mill
graded product. Following the edgewise testing of this
specimen to determine MOE and MOR, flatwise samples
were then selected adjacent to the fractured portion of the
edgewise test specimen. The possibility of some damage
from the edgewise testing influencing the flatwise testing
was considered and all flatwise samples avoided any
breaks or damage from previouse edgewise testing. Figure
7 indicates the sample selection and matching strategy.
The application of this matching stragey is as follows,
- One 4.8 m sample of 90x35 randomly selected from
every 1000 production pieces of framing (yellow)
- One 2.4 m test specimen randomly selected and cut
from within the sample length. (blue)
- One 1.62 m edgwise test specimen randomly selected
from 2.4 test sample (red)
- One or two 0.7 m undamaged flatwise test specimens
selected randomly and cut from the broken 2.4 m test
specimen (green)

Figure 7: est specimen selection an matching

The sample matching strategy for the wall plate testing
involved the selection of a full pack (112 pieces) of 6.0m
long 90x35 MGP10, with typical visual wood quality for
that particularly size and grade. Every second piece in the
pack was flipped about its end to minimize any butt/top
log effects that may have caused wood differences along
the length of the pack. The long length pack was then
divided into three shorter length packs, that suited the wall
plate test length. Each pack was then used for the samples
in each of the three wall plate test series, as indicated in
Table 3. The ribbon plates were prepared 21 days prior to
testing by Hyne & Son engineers. Preparation involved
machine nailing ribbon plates at 600mm centres with 2 75 mm long x 3.06 mm diameter nails corresponding to
nominal stud positions. A total of 6 - 75 x 3.06mm
diameter nails where used per ribbon plate. The glued
“ribbon” plates were prepared using one centrally located
full length bead of “Selleys Liquid Nails High Strength
Construction Adhesive”, prior to nailing.

Figure 8: lat ise testing rig

All testing rigs in this study used calibrated load cells,
digital deflection indicators and digital load indicators. A
summary of the testing program indicating section size,
stress grade, test number, position orientation of the
specimen, test type, test span and matching strategy is
shown in Table 3.
Table 3
S tion
Si
90x35
90x35
70x35
70x35
90x45
90x45
70x45
70x45
90x35
90x35
90x35
90x35

est program summary
Str ss T st
Grad No.
MGP10 43
MGP10 42
MGP10 29
MGP10 47
MGP10 29
MGP10 32
MGP10 28
MGP10 32
F5
30
F5
46
MGP12 29
MGP12 33

T st T st Mat hin
Ty
S an Strat y
On-Edge AS4063 1620
Adjacent
On-Flat AS4063 630
On-Edge AS4063 1260
Adjacent
On-Flat AS4063 630
On-Edge AS4063 1620
Adjacent
On-Flat AS4063 810
On-Edge AS4063 1620
Adjacent
On-Flat AS4063 810
On-Edge AS4063 1620
Adjacent
On-Flat AS4063 630
On-Edge AS4063 1620
Adjacent
On-Flat AS4063 630
wall
One 5 pt.
plate 1800
90x35 MGP10 112 On-Flat
test
Two 5 pt. wall
From
90x35 MGP10 56 On-Flat plate 1800 within
the
test
(nailed)
same piece
Two
wall
On-Flat 5 pt.
90x35 MGP10 56 (nailed
1800
& plate
test
glued)
Position

2.3 Random t stin
Strength testing in Europe and America is usually
undertaken using biased test methods, where a visible
defect in a test sample is deliberately located in the region
of highest moment within the test span. However, in
Australia and New Zealand testing [9] is carried out using
random testing, which involves no defect biasing within
the test span. This may be justified as in real construction
the placing of a timber member with its inherent strength
reducing characteristics will usually be completely
random.
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3 ANALYSIS
Analysis of the test results was undertaken in accordance
with AS/NZS 4063.2 [10]. Statistical hypothesis testing
was used to determine the significance of any differences
between structural properties, density and the moisture
content of matched samples tested in different
orientations. No significant differences were found at a
0.05 significance level for density and moisture content,
confirming that the matching strategy used had delivered
similar wood to the comparative tests.
3.1 FLATWISE

EDGEWISE ANALYSIS

Table 4 summarizes the characteristic bending stiffness
results for each size individually and for the pooled data
sets. No significant differences were found at the 0.05
significance level for the pooled bending stiffness.
The bending test results were also analysed to determine
the characteristic bending strengths, shown in Table 5. In
all size grade combinations flatwise strength was
significantly higher than edgewise strength at the 0.05
significance level. The pooled average ratio of all sizes
and grades, for this increase in bending strength was 44%.
Table 4 Characteristic en ing sti ness results
Si

Grad
3

MGP1
F
3 MGP1
3 MGP12
4 MGP1
4 MGP1
All si s rad s
3

Chara t risti B ndin
Sti n ss GPa
Ed
is ,
Flat is , EF
EE
11.11
9.94
6.94
7.38
9.62
10.23
13.46
14.27
10.19
9.82
10.89
10.96
10.19
10.40

Table 6 shows the hypothesis testing performed for the
series of different strength testing that was undertaken. A
two tailed null hypothesis that the properties were from
the same population of values was assumed and either
accepted or rejected at a 0.05 significance level based
upon t-statistic scores.
3.2 WALL PLATE ANALYSIS
The wall plate test results were analysed by determining
the load and moment capacities from each test. A
graphical presentation of the moment capacity
distribution for each plate test is shown in Figure 9. The
moment capacity increase between a single plate and a
nailed ribbon plate can be readily seen. This increase
however was not the increase expected from the use of the
recommended design procedure [2] for “ribbon” plates.
The slight additional increase from the use of an
elastomeric construction adhesive is also shown in Figure
9. The average and characteristic load and moment
capacities from this data are summarized in Table 7,
together with the ratio between the single and double
plates. The design increase in moment capacity between a
single and a ribbon plate is 14% per plate, meaning the
moment capacity increase relative to a single plate is 2.28
times. Actual increasing factor was found to be 2.00 from
the test results.

EF EE
111%
93%
94%
94%
104%
99%
98%

Table 5 Characteristic en ing strength results

Si

Grad

3 MGP1
3 F
3 MGP1
3 MGP12
4 MGP1
4 MGP1
All si s rad s

Chara t risti B ndin
Str n th MPa
Ed
is , Flat is ,
E
F
18.70
31.80
14.12
21.61
24.63
28.78
38.11
49.29
19.49
32.44
17.36
32.40
22.73
32.67

F E
170%
153%
117%
129%
166%
187%
144%

Figure 9:

oment capacity re uency istri ution- all plates
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Table 6: trength results – hypothesis tests
T st D tails
(size, grade, orientation)
90x35 MGP10 On-Edge
90x35 MGP10 On-Flat
70x35 MGP10 On-Edge
70x35 MGP10 On-Flat
90x45 MGP10 On-Edge
90x45 MGP10 On-Flat
70x45 MGP10 On-Edge
70x45 MGP10 On-Flat
90x35 F5 On-Edge
90x35 F5 On-Flat
90x35 MGP12 On-Edge
90x35 MGP12 On-Flat
Pooled: All sizes & grades
On-Edge
Pooled: All sizes & grades
On-Flat
Table 7

A ra Minimum Ma imum Standard
Count Str n th Str n th Str n th D iation
MPa
MPa
MPa
MPa

Co

i i nt
o
T
Variation Statisti

43
42
29
47
29
32
27
32
30
46
29
33

48.3
54.8
49.5
59.1
49.0
56.4
49.8
57.3
34.1
42.9
68.3
80.0

20.8
24.2
15.4
30.0
10.0
32.2
17.0
28.2
10.9
18.8
37.7
43.8

81.5
86.2
110.5
89.6
78.3
86.8
90.5
96.3
67.4
77.2
108.0
118.4

15.6
16.5
22.6
17.2
18.7
15.3
19.3
16.2
14.3
14.7
18.9
18.5

19.1%
19.1%
20.4%
19.2%
23.8%
17.7%
21.3%
16.8%
21.2%
19.0%
17.5%
15.6%

187

49.6

10.0

110.5

20.4

18.5%

232

57.5

18.8

118.4

19.5

16.5%

Null
Hy oth sis
(Rejected at
0.05 level)

0.0320

Rejected

0.0278

Rejected

0.0488

Rejected

0.0580

Accepted

0.0056

Rejected

0.0087

Rejected

1 x 10-8

Rejected

all plate loa an moment capacity

A ra Valu
Chara t risti Valu
Plat D tails
Load
Mom nt
Load
Mom nt
T st No. Ca a ity Ca a ity Ca a ity Ca a ity
s
N.m
s
N.m
Sin l Plat
2506
1116
1654
640
(N=112)
Ri on Plat
4541
2112
3314
1358
Nail d
(N=56)
Ri on Plat
4864
2312
3600
1433
Nail d
Glu d (N=56)
Ratio
Sin l :Dou l
Nail d
Ratio
Sin l :Dou l
Nail d
lu d

1.81

1.89

2.00

2.12

1.94

2.07

2.18

2.24

4 DISCUSSION
4.1 FLATWISE AND EDGEWISE STRUCTURAL
PROPERTIES
The analysis shows that the characteristic bending
strength of flatwise orientated members is significantly
greater than edgewise orientated members, for the sizes
and stress grades tested. Normalization and pooling of the
bending strength test results is shown graphically in
Figure 10.

Figure 10: oole

en ing strength re uency istri ution

The increase in bending strength for loading in the
flatwise direction concurs with the general findings for
bridge decking, which are reflected in the flat use factor
used in the USA.
The strength difference at the top end of the distributions
is negligible. The samples in this part of the distribution
were strong and generally free of localized strength
reducing characteristics like knots. Failure of pieces in
this region were generally splintery in nature and typical
of clear wood fracturing. The lower end of the strength
distributions in contrast are significantly different with
approximately a 63% increase in flatwise strength
compared to edgewise strength at the five percentile level.
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The timber in this part of the distribution had a much
higher frequency of knots as well as an increased knot size
compared to timber in the higher range of the distribution.
This difference within the distribution highlights the
likely reasons for the observed strength differences. i.e.
i)
A tension face width effect
ii)
A flatwise grading effect
4.1.1

A t nsion a

idth

t

Where a knot of the same size occurs on a wide face, there
may be a higher chance of the surrounding wood being
capable of withstanding the internal tensile stress and
extreme fibre stresses. The same size knot on a narrow
face however will not have the same support from
surrounding good wood and as a result it may be weaker.
4.1.2

A lat is

radin

shear stress required to ensure the deformation of
members is the same.
The use of a building adhesive was tested with the
expectation that it might induce increased composite
action. However, with the use of a building adhesive only
minor improvements in capacity have been observed.
Whist further work can always be done to better the
connection between plates, based on the results evident
from this testing, the commercialization of this concept
would likely be a costly and inefficient endeavor. Figure
12 shows the relative moment capacities of wall plates.

t

The other possible reason for the observed strength
differences may be due to the nature of the grading
technology used to manufacture the structural softwood
used in the study. The grading of the timber in this study,
by mechanical stress grading to AS1748 [7], has used a
dynamic local flatwise MOE measure as the grading
parameter. Figure 11 shows this grading method
diagrammatically. The correlation of this grading
parameter to flatwise strength is likely to be higher than
its correlation to edgewise strength. The edgewise
correlation is the basis for setting grading thresholds to
ensure the grading process delivers reliable edgewise
structural properties. The Australian standard for grading
results in characteristic timber properties that apply to
either a sample mean or fifth percentile value, both of
which are estimated with 75% confidence [7].
Based on the six size/grade combinations tested the lowest
increase (+17%) in flatwise strength relative to edgewise
strength occurred in 90x35 MGP10. Therefore, an
acceptable lower bound increase (95% confidence) in
flatwise characteristic strength relative to edgewise
characteristic strength would be approximately +15%.

Figure 8: Relati e moment capacities or all plates

CONCLUSIONS
This study concludes that the loading orientation of
plantation grown mechanically stress graded softwood
framing has no effect on the structural bending stiffness
of timber framing sizes used in Australia.
The characteristic bending strength in the flatwise
orientation was found on average to be approximately 1.4
times the characteristic bending strength of the edgewise
orientation.

Figure 11: lat ise ynamic

measure

4.2 WALL PLATE STRUCTURAL CAPACITY
The relative moment capacities from this study are
compared with the moment capacities suggested by
standardized design procedures. Load sharing by
definition [2] only applies where members are
“effectively fastened together” such that “all of the
elements are constrained to the same deformation under
load.” In the case of “ribbon” plates it is unlikely that two
75 mm x 3.06 mm diameter nails at 600 mm centres along
the plate will provide sufficient connection to resist the

A 15% increase in edgewise characteristic bending
strength for members loaded flatwise would provide a
practical adjustment to the current design bending
strength requirements, for typical timber framing sizes
used in Australia.
The reasons for the observed strength differences are a
possible combination of the particular stress grading
method used (dynamic flatwise MOE as grading
parameter) and the tension edge width / knot size effect.
The “ribbon” wall plate testing concluded that no strength
sharing occurs between individual members of the
combined wall plate.
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The inclusion of a single bead of construction adhesive
between wall plates used in a “ribbon” plate configuration
did induce some minor composite action and may increase
the moment capacity of the combined section by up to
10%.

RECOMMENDATIONS
Further research would help establish the reasons for the
strength differences observed between members loaded
about opposing axis.
Changes to AS1720.3 “Timber structures, Part 3: Design
criteria for timber-framed residential buildings” [11]
(Revision of AS 1684.1) were recommended to Standards
Australia in 2015. These changes proposed a 15%
increase in characteristic strength in the flatwise direction
for mechanically stress graded timber. It was also
recommended that the current design methodology for
multiple wall plates in Australia should not include a
strength sharing adjustment factor.
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Bending performance of laminated bamboo
Haitao Li1*, Xiaohong Xiong2, Qisheng Zhang3, Miao Shao4, Xiaojing Xiong5,
Kangwen Wu6, Yulin Li7, Weilai Zhou8, Yuan Yuan9, Yongxing Zhang10
ABSTRACT: Considering the bending directions and height, 60 small specimens and 12 beam specimens were tested.
The mean ultimate radial bending strength is 92.6 MPa with a standard deviation of 9.19 MPa, giving a characteristic
strength of 77.45 MPa, and the mean elastic modulus is 7998.6 MPa with a standard deviation of 546.6 MPa, giving the
characteristic elastic modulus of 7099.5 MPa. While the mean ultimate tangential bending strength is 101.1 MPa with a
standard deviation of 9.15 MPa, giving a characteristic strength of 86.04 MPa. Similarly, the mean elastic modulus is
9176.6 MPa with a standard deviation of 642.2 MPa, giving the characteristic elastic modulus of 8120.2 MPa. The
characteristic strength value for tangential bending direction had an increased bending strength with a gain of
approximately 11.1% and modulus of elasticity with a gain of approximately 14.4% over these of radial bending
direction. The characteristic value of the ultimate deflections, MOE and MOR for group JLH200 decreases 26.4%, 4.2%
and 11.0% respectively compared with those for group JLH180 correspondingly. The height effect influences the
mechanical properties clearly. The calculation formula for the ultimate bending moment was evaluated based on the
tested beam specimens.
KEYWORDS: Laminated bamboo lumber, Bending, Beam, Ultimate

1 INTRODUCTION 123
As one of green building materials and formed by
laminating the thin flat bamboo culms together with
adhesive, laminated bamboo lumber (LBL) has attracted
more and more researchers’ attention [1-40].
In terms of structural members, the columns were
studied by Li et al. [19-22] in detail, a tri-linear model
with an elastic portion, and elasto-plastic portion and a
purely plastic portion was proposed as well as a fine
stress-strain relationship model for LBL under axial
compression based on the short columns. The equation
for calculating the stability coefficient of LBL column
was proposed. Li et al. [22] also studied mechanical
properties of side pressure LBL under tangential
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eccentric compression.Su et al. [23] have compared the
axial compression performance of laminated bamboo
lumber column pier along three directions, and the loadaxial displacement relationship for three compression
directions can be used the same tri-linear model.
Lee et al. [24] have examined the effect of glue spread
rate and moisture content on the bending properties of 24
laboratory-manufactured LBL beams, and found elastic
modulii ranging from 7411 MPa to 9204 MPa and
rupture strengths of between 67.7 MPa and 107.2 MPa.
Wei et al. [25] found that the cross-sectional stiffness
was the control condition for design load after examining
the failure of laminated bamboo beams in detail. In order
to look at the effect of orientation of the laminate layers
on the strength, Verma and Charier [12] performed
tensile, compressive and bending tests on specimens of
layered laminate bamboo composite (LLBC), having a
cross-section of 16mm x 10mm. The flexural strengths
ranging between 68.27 MPa and 128.4 MPa were
reported.Yeh and Lin (2012) examined the effect of
growth height on bending strength of LBL, and tested
both un-jointed and jointed specimens with the crosssection of 30mm x 30mm and the length of 1000mm.
Arijit Sinha et al. (2014) evaluated the laminated
bamboo lumber (LBL) and bamboo glulam beams
(BGBs)’s potential application as a structural material.
Considering the influencing factors of shear span ratio
and height to width ratio, Li et al. [25-26] have studied
the bending performance of laminated bamboo lumber
beam. Considering other influencing factors, the current
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study examines the detailed deflection and strain
behaviour through the depth of the laminated bamboo
beams.
Considering bending directions and the height, this study
examines in detail at the behaviour of specimens
constructed from laminated bamboo.

2

MATERIALS AND TEST
METHODS

2.1 SPECIMENS
The source Moso bamboo (Phyllostachys pubescens,
from Fujiang province), was harvested at the age of 3–6
years. Bamboo strips from the lower growth portions of
2005 mm tall culms were selected. The culms were then
split into 22-24 mm wide strips, and the outer skin
(epidermal) and inner cavity layer (pith peripheral) were
removed using a planer. All the culm strips were then
dried and charred. Final thicknesses of 7 mm were
obtained for the flat strips from the lower growth
portions, and the final strip widths were 21 mm. Finally
the strips were made into laminated bamboo lumbers
Both the small size (with the dimension of 50 mm × 50
mm × 760 mm) specimens and beam specimenswere
designed for studying the bending performance of
laminated bamboo lumber (LBL). Considering the
bending directions, the small size specimens can be
divided into two groups which can be seen from Fig. 1.
Fig. 1(a) shows the radial bending direction specimen
(Group BLBH) and Fig.1(b) shows the tangential
bending direction specimen (Group BLBV). The
bending direction for the beam is radial bending
direction and two kinds of dimensions were designed for
the beam which were 50 mm × 180 mm × 1960 mm
(Group JLH180) and 50 mm × 200 mm × 1960 mm
(Group JLH200). The cross-section for the beams can be
seen from Fig. 2. In addition, non-mechanical joints
were chosen for the beam specimens.

Fig.2 Beam specimen’s cross-section

2.2 TEST METHODS
The test arrangement for small specimen and beam
specimen are illustrated in Fig. 3 and Fig. 4 respectively.
Only the mid-span deflection was measured by Laser
Displacement Sensors (LDS type: Keyence IL-300) for
small size specimens. However, the measured points for
beam specimens included the displacement of the two
supports, the loading points and the mid-span deflection.
The test for small specimens was performed using an
electronic universal testing machine (Fig. 4) with a
capacity of 30 kN. A TDS Data Acquisition System was
used for both kinds of tests.
Load sensor
Actuator

LDS
330

330

(b) Tangential bending specimen

Fig.3 Test scheme for small specimen
760mm

760mm

(a) Radial bending specimen
50mm
50mm

50mm
50mm

Fig.1 Small specimens

Fig.4 Test photos for small specimen

The beams were strain gauged longitudinally at the
middle cross section, with five strain gauges pasted on
one side face at even spacing through the depth, and one
strain gauge pasted on each of the bottom face and the
top face, as shown in Fig. 5. The test was performed
using a microcomputer-controlled electro-hydraulic
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servo universal testing machine (Fig. 6) with a capacity
of 300 kN.
Load sensor
Distributing girder
Actuator
LDS
LDS

Strain gauge
590

Under bending conditions, laminated bamboo lumber
has the capacity to resist large amounts of compression
at the top of the beam, with failure occurring near the
tension face at mid-span.

LDS
590

590

Fig.5 Test scheme for beam specimen
(a) JLH180-1

Fig.6 Experiment for bending performance

3 RESULTS AND DISCUSSION
3.1 FAILURE MODES AND MECHANISM
ANALYSIS
Fig. 7(a) and Fig. 7(b) show typical load-strain response
for two groups of beam specimens respectively and the
strain lines for the strain gauges from the top to the
bottom of the beam are expressed one-to-one
correspondence from the left line to the right line in the
two figures. Fig. 8(a) and Fig. 8(b) show typical bending
failure mode for two bending directions respectively.
And Fig. 9 and Fig. 10 show the final failure photos for
two beam groups’ specimens respectively.
No matter which bending directions it was and whether
the cross-section height was small or big, each specimen
behaved elastically at the beginning of loading. When
the loading was increasing, the specimens showed a
small amount plastic deformation and the stiffness of the
bending members decreased meanwhile. As the
deflection became obvious, cracks (accompanied by a
slight noise) appeared on the bottom tensile surface.
Once the bottom-most layer of bamboo fiber separated,
the bending specimens split both along the longitudinal
direction and the depth direction, and the whole
specimen was damaged instantaneously. Large
displacement values were achieved for all the specimens
in the ultimate state. All specimens failed at the bottom
surface near mid-span and split up the middle through
the depth of the beam. Cracks always initiated at the
bamboo joint area on the bottom surface. However, no
obvious failure occurred in the compression face at the
top of the specimen near the mid-span. The failure of all
specimens was characterized by the brittle tensile failure.

(b) JLH200-1
Fig.7 Typical Load-strain responses for beam specimens

(a) Failure photos for specimen BLBH6

(b) Failure photos for specimen BLBV16
Fig.8 Failure photos for small specimens
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(c) Bottom surface
Fig.10 Failure photos for group JLH200
(a) Side surface B

(b) Side surface D

3.2 LOAD-DISPLACEMENT RESPONSE
3.2.1 Small size specimens
Figures 11(a) and 11(b) plot the load against the
displacement for radial bending direction specimens
(group BLBH) and the tangential bending direction
specimens (group BLBV) respectively. For the radial
bending direction specimens it is consistency in the loaddisplacement response for 30 specimens and there is
some scatter in the ultimate failure loads, which range
from 9.12 kN to 14.25 kN. These specimens show clear
elastic behaviour up to a load of approximately 4 kN,
followed by non-linear softening behaviour until the
specimens failed suddenly and shed most of the load.
The load decreased suddenly once the specimen split.
The specimens do not show any purely plastic behaviour
prior to failure, and so the failure is relatively brittle in
nature.
16
14
12

Fig.9 Failure photos for group JLH180
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Fig.11 Load-displacement responses for small specimens

The load-displacement responses for the tangential
bending direction specimens show better consistence
than the radial bending direction specimens. In addition,
the ultimate loads are more consistent, ranging from
10.66 kN to 15.02 kN.

3.3 TEST RESULTS
3.3.1 Small size specimens
The bending strength and the modulus of elasticity
(MOE) for the small specimen were calculated using Eqs.
(1) and (2), respectively

3Fmaxl
2bh2
pl 3
MOE 
4fbh3

b=

Where

 b is

(1)
(2)

the bending strength for the specimens,

Fmax is the maximum bending load, kN; l is the
span of the specimen, mm; b is the width and h is the
height of the specimen cross-section, mm; p is the
load increment in elastic stage, kN; f is the deflection
of the middle span point under p , mm.

MPa;

(a) Group JLH180

The final calculation results for bending strength and
MOE of small specimens and be seen from table 1 and
table 2 respectively.
Table 1: Test results for group BLBH

Specimen

(b) Group JLH200
Fig.12 Load-displacement responses for beam specimens

The load-displacement curves for group JLH180 and
group JLH200 can be seen from Fig. 12(a) and Fig. 12(b)
respectively. It is consistency in the load-displacement
response for both bending directions in the original
elastic stage. However, the load-displacement responses
for the radial bending direction specimens are not quite
as consistent as those for the tangential bending direction
specimens after 15 kN. Both the load-displacement
responses and the ultimate load are more consistent for
group NNCV.
Although micro-cracks within the material were audible
and are also observed in small drops along the loaddisplacement curves for all test specimens, no cracks
were visible before failure. The overall behaviour of all
the test specimens is substantially the same as the radial
bending direction specimens, with an initial elastic
response followed by non-linear softening, and a brittle
failure.

BLBH660-1
BLBH660-2
BLBH660-3
BLBH660-4
BLBH660-5
BLBH660-6
BLBH660-7
BLBH660-8
BLBH660-9
BLBH660-10
BLBH660-11
BLBH660-12
BLBH660-13
BLBH660-14
BLBH660-15
BLBH660-16
BLBH660-17
BLBH660-18
BLBH660-19
BLBH660-20
BLBH660-21
BLBH660-22
BLBH660-23
BLBH660-24
BLBH660-25
BLBH660-26
BLBH660-27
BLBH660-28

Fmax
/kN
13.1
12.9
9.1
12.0
11.0
12.8
10.7
9.9
12.8
13.2
11.0
12.1
11.9
12.4
10.3
12.5
11.8
10.4
12.1
12.0
11.9
11.2
11.7
10.5
10.8
12.7
13.0
13.7

b

/MPa

103.4
99.5
71.2
94.5
85.5
100.7
84.1
77.7
100.6
104.6
86.4
94.4
93.9
97.4
79.1
98. 5
92.5
82.5
95.2
93.6
93.2
85.5
89.1
81.4
82.4
99.6
101.5
104.7

MOE
/MPa
8589.6
8099.0
7331.6
8087.3
8042.6
8226.0
7229.4
7666.2
8855.3
6984.8
7735.8
7981.8
8735.2
8651.2
6975.0
7905.4
8133.8
7861.8
7746.5
7973.3
8970.1
8061.7
8364.7
7295.3
8969.8
8427.8
8057.3
7907.5
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BLBH660-29
BLBH660-30

14.3
12.7

107.7
96.5

7462.4
7630.7

Table 2: Test results for group BLBV

Specimen
BLBV660-1
BLBV660-2
BLBV660-3
BLBV660-4
BLBV660-5
BLBV660-6
BLBV660-7
BLBV660-8
BLBV660-9
BLBV660-10
BLBV660-11
BLBV660-12
BLBV660-13
BLBV660-14
BLBV660-15
BLBV660-16
BLBV660-17
BLBV660-18
BLBV660-19
BLBV660-20
BLBV660-21
BLBV660-22
BLBV660-23
BLBV660-24
BLBV660-25
BLBV660-26
BLBV660-27
BLBV660-28
BLBV660-29
BLBV660-30

Fmax
/kN
12.1
13.8
13.8
12.2
12.1
13.9
15.0
14.6
12. 7
10.7
12.7
12.6
14.9
10.9
12.7
14.5
12.8
11.7
13.7
12.5
12.7
13.3
14.2
15.0
12.5
14.0
12.5
11.2
13.4
13.7

b

/MPa

94.0
105.1
106.2
93.7
92.6
105.7
114.1
111.1
96.5
81.3
96.3
96.1
113.6
82.8
97.1
111.3
97.5
92.0
107.9
98.3
99.6
104.4
110.3
117.4
98.1
110.3
98.3
88.1
104.6
108.6

MOE
/MPa
8290.6
8542.4
7863.1
8648.8
9322.3
9916.3
9363.8
8750.4
10978.6
8362.3
9238.6
8896.9
9425.7
9115.7
9473.0
9855.8
8277.1
9515.1
9390.9
9627.0
9462.3
9768.2
9379.7
9937.8
9011.8
9501.3
8453.3
8482.8
9154.4
9292.4

Based on these 30 specimens for group BLBH, the mean
ultimate radial bending strength is 92.6 MPa with a
standard deviation of 9.19 MPa, giving a characteristic
strength (expected to be exceeded by 95% of specimens)
of 77.45 MPa, and the mean elastic modulus is 7998.6
MPa with a standard deviation of 546.6 MPa, giving the
characteristic elastic modulus of 7099.5 MPa. Similarly,
the mean ultimate tangential bending strength for group
BLBV is 101.1 MPa with a standard deviation of 9.15
MPa, giving a characteristic strength (expected to be
exceeded by 95% of specimens) of 86.04 MPa. Similarly,
the mean elastic modulus is 9176.6 MPa with a standard
deviation of 642.2 MPa, giving the characteristic elastic
modulus of 8120.2 MPa. Comparison of the two
orientations indicates that the characteristic strength

value for tangential bending direction had an increased
bending strength with a gain of approximately 11.1%
and modulus of elasticity with a gain of approximately
14.4% over these of radial bending direction.
3.3.2 Beam specimens
The test results for group JLH180 and group JLH200 are
presented in table 3 and table 4 respectively. SDV means
standard deviation; COV means coefficient of variation;
CHV means characteristic value, calculated on the basis
that 95% of samples will exceed the characteristic value
(mean ultimate value – 1.645 x standard deviation).
Fmax is the maximum bending load; w is the ultimate

deflection; the modulus of elasticity (MOE) and the
modulus of rupture (MOR) were calculated using Eqs. (1)
and (2), respectively

aF
(3L2  4a 2 )
48I w
3F a
MOR= max2
bh

MOE=

(3)
(4)

Where a is the distance between loading support and
loading points; F is the load increment in elastic stage;
w is the ultimate deflection of the middle span point;
w is the deflection of the middle span point under
F ; L is the span of the beam; I is the moment of
inertia of the beam; Fmax is the maximum bending load;

b is the width; and
section.

h is the height of the beam cross-

Table 3: Test results for group JLH180

Specimen

Fmax

/kN

w /mm

MOE /MPa

MOR

/MPa

JLH180-1

74.33

40.11

8009

81.2

JLH180-2

85.54

45.91

9045

93.5

JLH180-3

79.71

43.75

8208

87.1

JLH180-4

84.81

44.44

9381

92.7

JLH180-5

82.1

43

9202

89.7

JLH180-6

79.09

38.86

8879

86.4

Mean

80.9

42.7

8787

88.4

SDV

4.15

2.68

555

4.53

COV

0.05

0.06

0.06

0.05

CHV

74.1

38.3

7874

81.0

Table 4: Test results group JLH200
MOR

Specimen

Fmax /kN

w /mm

MOE /MPa

JLH200-1

100.77

39.45

8435

89.2

JLH200-2

87.45

31.34

9082

77.4

JLH200-3

109.35

46.23

7872

96.8

JLH200-4

95.73

37.46

7938

84.7

JLH200-5

103.38

40.24

9029

91.5

JLH200-6

84.96

31.13

8140

75.2

/MPa
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Mean

96.9

37.6

8416

85.8

4 COMBINED RESULTS

SDV

9.44

5.76

533

8.35

COV

0.10

0.15

0.06

0.10

4.1 STRESS - STRAIN MODEL FOR
LAMINATED BAMBOO LUMBER BEAM

CHV

81.4

28.17

7539

72.1

As can be seen from table 3 and table 4, except for the
maximum bending load, all other characteristic values
(the ultimate deflection, MOE, and MOR) for group
JLH200 are smaller than that for group JLH180. The
characteristic value of the ultimate deflections for group
JLH200 decreases 26.4% compared with that for group
JLH180. Meanwhile, the characteristic values of MOE
and MOR for group JLH180 decrease 4.2% and 11.0%
respectively compared with those for group JLH200
correspondingly. In the process of material fracture, the
random nature of the distribution of defects leads to a
distribution of fracture strengths. Weibull (1951) showed
how the strength of a system where failure is caused by
the weakest link can be represented by a cumulative
distribution of the exponential type, and how the strength
depends on the volume of the test specimen (the socalled size effect). As for the conclusion in this study,
the height effect influences the mechanical properties
clearly.
3.4 TYPICAL STRAIN PROFILE
DEVELOPMENT FOR THE BEAM
Fig. 13 plots the typical strain profile through the loading
for the mid-span cross-section of the beam. It shows that
the strain across the cross-section of the laminated
bamboo beam is basically linear throughout the loading
process, following standard beam theory.

All test beams failed in the plastic-elastic stage, and
Fig.14 show the stress-strain model for laminated
bamboo beams. The model can be expressed as the
following equations [29].

σ
σtu

-εc

0

-εcy

ε

εtu
-σcy
-σc
0

Fig.14 Strain-stress model of laminated bamboo under bending

( cy     tu )
 E
 
(5)
 cy  kep E (   cy ) ( c0     cy )
   cy
   cy
kep  c0
 ep
(6)
( c0   cy ) E ( ep   cy ) E
Where  is the stress value of the laminated structural
bamboo; E is the modulus of elasticity;  is the strain
value of the laminated structural bamboo;  cy is the
strain for the yield point;  tu is the ultimate tensile strain
value;  cy is the compression yield stress value; kep is
the ratio of the elastic-plastic slope and the modulus of
elasticity;  c0 is the compression peak strain value;  c0
is the compression peak stress value;

(a) JLH180-1

 cu is the ultimate

compression strain value.
4.2 EVALUATION ON THE CALCULATION
FORMULA FOR THE ULTIMATE BENDING
MOMENT

Fig. 15 plots the strain-stress distribution at the ultimate
failure state. Based on the stress-strain model mentioned
above, the calculation formula for the ultimate bending
moment could be obtained by the following [29].

σep
σcy

M

εep

Plastic compressive area

yep

εcy

Elastic compressive area
Neutral axis
Elastic tensile area

(b) JLH200-1
Fig.13 Typical strain profile development for the mid-span
cross-section

σt

ycy

0

y

x

h

yt

εt

Fig.15 Strain-stress distribution at the ultimate failure state
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The ultimate bending moment for the simply supported
LBL beams can be expressed as follows [29]:

deviation of 642.2 MPa, giving the characteristic
elastic modulus of 8120.2 MPa.
(3)
Comparison of the two orientations for the small
yt
specimens indicates that the characteristic strength
M b
 ( y ) ydy
 ( ycy  yep )
value for tangential bending direction had an
yt
 ycy
increased bending strength with a gain of
  kep Elb ( lb   cy ) ydy
Elb lb ydy  b
b
approximately 11.1% and modulus of elasticity with
 ycy
 ( ycy  yep )  cy
a gain of approximately 14.4% over these of radial
(7)
bending direction.
The final calculation formula for the ultimate bending
(4) The characteristic value of the ultimate deflections,
moment can be obtained, that is [29],
MOE and MOR for group JLH200 decreases 26.4%,
2
4.2% and 11.0% respectively compared with those
Elbbh
2
3
3
3








3
5
(2
5
M
k
for group JLH180 correspondingly. The height
ep
cy
t
cy
ep
cy
6( t   ep )2
effect influences the mechanical properties clearly.
3
2
(5)
The calculation formula for the ultimate bending
3kep ep  cy  2kep ep )
moment was evaluated based on the tested beam
(8)
specimens.
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The material presented in this paper is based upon work
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Postdoctoral Science Foundation Project (1501037A), a
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Specimen
/kN.m
Error
/%
M t /kN.m
M
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JLH180-1
23.9
9.0
21.9
training project (SPITP), and Nanjing Forestry University
JLH180-2
24.1
4. 5
25.2
practical and innovation training project. Any opinions,
JLH180-3
23.2
1.2
23.5
findings, and conclusions or recommendations expressed
JLH180-4
25.0
25.1
0.51
in this material are those of the writer(s) and do not
JLH180-5
22.2
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JLH180-6
23.4
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23.3
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Zhongjin HAN, Yunfei Fu, and others from the
JLH200-1
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2.5
29.7
Nanjing
Forestry University for helping with the tests.
JLH200-2
26.4
2.5
25. 8





JLH200-3
JLH200-4
JLH200-5
JLH200-6



32.3
28.2
30.5
25.1

5 CONCLUSIONS

35.2
30.0
30.2
25.9

9.3
6.2
0.83
3.5

In order to investigate the bending performance of
laminated bamboo lumbers, 60 small size specimens and
12 beam specimens were produced and tested. Based on
the analysis of the test data, the following conclusions
can be drawn.
(1) All specimens behaved elastically firstly, then enter
the elastic-plastic stage and finally damaged
instantaneously. And the failure for all specimens is
characterized by brittle tensile failure initiating at
the tension face of the member.
(2) The mean ultimate radial bending strength is 92.6
MPa with a standard deviation of 9.19 MPa, giving
a characteristic strength of 77.45 MPa, and the mean
elastic modulus is 7998.6 MPa with a standard
deviation of 546.6 MPa, giving the characteristic
elastic modulus of 7099.5 MPa. And the mean
ultimate tangential bending strength is 101.1 MPa
with a standard deviation of 9.15 MPa, giving a
characteristic strength of 86.04 MPa. Similarly, the
mean elastic modulus is 9176.6 MPa with a standard
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SPECIES INDEPENDENT STRENGTH MODELING OF STRUCTURAL
TIMBER FOR MACHINE GRADING
Geert Ravenshorst1 and Jan-Willem van de Kuilen2
ABSTRACT: The current methods for the determination of the strength properties for wood species for grading
purposes require extensive testing. Species independent grading might be a solution for this problem, in particular for
tropical hardwoods. The strength reducing characteristics such as knots and slope of grain require two groups for which
species independent machine grading is possible. Theoretical strength models are formulated and verified with data
from a large database of soft- and hardwoods.
KEYWORDS: strength grading, tropical hardwoods, temperate hardwoods, softwoods, dynamic modulus of elasticity,

1 INTRODUCTION 123

2 MATERIALS AND METHODS

The current methods for the determination of the
strength properties for wood species require extensive
testing. The requirement in EN 14081 [1] is practically
that strength properties need to be determined for each
single wood species separately. The destructive test
results have to be related to visual grading rules or to
limit values (“settings”) to be used in machine grading.
Due to sustainable forest management, a large amount of
species is coming on the market in relative small batch
sizes. This is in particular true for tropical hardwoods.
The problem with tropical hardwoods is that the main
strength influencing parameter, the grain angle deviation,
is very difficult to measure both in the laboratory as well
as during the grading operations. As a result, with visual
grading only a single visual grade and connected
strength class can be defined for a tropical hardwood
species. At present, there is no hardwood species
accepted to be used in machine grading under the current
European standards. A species independent strength
grading approach might be a solution to apply machine
strength grading, in particular for tropical hardwoods. In
this paper, the theoretical backgrounds for species
independent strength grading for both softwoods and
hardwood is investigated, by formulating strength
predicting models. The models are validated on a large
database containing bending tests on softwoods and
hardwoods.

2.1 MATERIALS

1

Geert Ravenshorst, Delft University of Technology,
Delft,P.O. Box 5048 2600 GA Delft,
g.j.p.ravenshorst@tudelft.nl
2
Jan-Willem van de Kuilen, Delft University of Technology,
Delft and Technical University of Munich, Munich.

A large database of tropical hardwoods, European
softwoods and European temperate hardwoods was built
up during the last 15 years consisting of:
- 2218 specimens of structural sizes of 24 tropical
hardwood species. See table 1.
- 2271 specimens of structural sizes of 6 European
softwoods and European temperate hardwood species.
Table 2
Table 1.Tested tropical hardwood species

Trade name
angelim vermelho
cumaru
massaranduba
azobé
greenheart
okan /denya
karri
nargusta
piquia
vitex
basralocus
Bangkirai
sucupira vermelho
castana rosa
louroa amarela
louro faia
purpleheart
tauari vermelho
favinha
sapupira
favinha prunelha
bilinga
eveuss
tali

Botanical name
Diniza excelsa
Dypterix spp
Manilkara bidentata
Lophira alata
Ocotea rodiaei
Cylicodiscus gabunensis
Eucalyptus diversicolor
Terminalia amazonia
Caryocar spp
Vitex spp.
Dicorynia guianensisAmsh
Shorea spp.
Andira spp
Pouteria oppsitifolia
Ocotea spp
Euplassa spp.
Peltygone spp.
Cariniana spp.
Entorolobium spp.
Hymenolobium spp
Pseudopiptadenia spp
Nauclea diderrichii
Klainedoxa gabonenis
Erythrophleum ivorense
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Botanical name
Picea abies
Pseudegotsi menzisii
Larix spp.),
Quercus robur
Robinia pseudoacacia L
Castanea sativa

2.2 METHODS
2.2.1 Theoretical derivations
This paper will present theoretical derivations of strength
models based on basic relationships. The derived
strength models are intended to be used by machine
grading. The properties that are suited for machine
grading to be measured and to be used to predict the
strength are the density and the Modulus of Elasticity.
The Modulus of Elasticity can be determined by
vibration measurements. In [4] was shown that there is
relationship for the Modulus of Elasticity determined by
vibration measurements (MOEdyn) and by standardised
static laboratory measurements (MOEstat) which is
practically species independent. For strength class
assignments according to the European harmonised
standards the density, the modulus of elasticity and the
bending strength are the grade determining parameters.
The density and the MOE can be determined with
relatively simple devices during the grading process. The
bending strength has to be predicted based on models
derived in testing programs. From these models settings
(limit model values) have to be derived that can be
implemented in strength grading machines´ software.
First basic relationships and expected scatter for clear
wood will be formulated. After that relationships and
scatter for timber with features that reduce the clear
wood strength are formulated. Finally, strength
predicting models for machine grading based on the
measurable properties density and MOE are derived.
2.2.2 Experimental verification
The derived models will be verified with the available
data. This will be done by performing regression
analyses on the test data and compare them with
simulated data based on constants derived from the data.

3.1 BENDING STRENGTH OF CLEAR WOOD
There are several databases containing bending test data
of small clear wood specimens. In the Houtvademecum
[2] a table is included that is a collection of literature
results on the mechanical and physical properties of 192
softwood and hardwood species. In [3] this data was
analysed. A linear relationship can be observed between
the density and the strength and also between the density
and the stiffness. See figures 1 and 2. The magnitudes of
the values should not be compared to test results on full
size specimen, because they are highly influenced by
their size and by the test method. The relationship is
however useful to discover trends.
250
bending strength at 12‐15% m.c.
(N/mm2)

Trade name
spruce
douglas
larch
oak
robinia
chestnut

3 MODELING OF THE BENDING
STRENGTH OF STRUCTURAL
TIMBER
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Figure 1: Mean bending strength values plotted against mean
density values for clear wood for 192 softwood and hardwood
species.
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Table 2 .Tested European softwood species and European
hardwood species
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Figure 2: Mean Modulus of Elasticity values plotted against
mean density values for clear wood for 192 softwood and
hardwood species.
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bending strength at 12‐15 %
m.c.(N/mm2)

250

vM is the coefficient of variation for the error for the
Modulus of Elasticity for a certain density value with the
mean Modulus of Elasticity value for this density.
Equations (3) and (4) show an increasing error for
increasing density, as the coefficient of variation is
constant over the density range.
From equations (1) and (2) the relationship between the
MOE and the bending strength for clear wood can be
expressed as:

y = 0.0081x
R² = 0.75

200
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5000

10000
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20000
MOE at 12‐15 % m.c.(N/mm2)

25000

30000

,

Figure 3: Mean bending strength values plotted against mean
Modulus of Elasticity values for clear wood for 192 softwood
and hardwood species.

Figure 3 shows the relationship between the modulus of
elasticity and the bending strength. The regression
equations in the graphs in figures 1,2 and 3 are forced
through the origin.
The scatter around the mean regression line of strength
against density is assumed to be the natural variation in
properties as species have different microstructural
features that cannot be explained at the macroscopic
clear wood level. The scatter increases with increasing
density, the coefficient of variation being constant. The
same phenomenon is observed for the stiffness and the
density.
The bending strength and MOE can be described as
stochastic variables according to equations (1) and (2)
,

(1)
(2)

Where:
fm,0 is the bending strength for clear wood, the zero
indicates no grain angle deviation.
ρ is the density of clear wood.
MOE0 is the modulus of elasticity for clear wood, with
no grain angle deviation.
C1 is the ratio between the clear wood strength and the
density.
C2 is the ratio between the clear wood stiffness and the
density.
εf and εM describe the scatter around the mean regression
lines for respectively the bending strength and the MOE
and are considered to be normally distributed with a
mean value of zero for a certain density:
(3)
(4)
Where
X1 and X2 are stochastic variables following the standard
normal distribution N(0,1).
vF is the coefficient of variation for the error for the
bending strength for a certain density value with the
mean bending strength value for this density.

(5)

The clear wood bending strength is related to the
Modulus of Elasticity.
Figure 3 shows the relationship between the bending
strength and the MOE for the data from figures 1 and 2.
The model values for the bending strength (which are the
values on the regression line) are then described by
equation (6)
(6)
, ,
The scatter around the regression line is then described
by equation (7):
(7)
,
The magnitude of the scatter εfm,0 depends on the
correlation between εf and εM. When they are perfectly
correlated (r2 = 1.0), the scatter in equation (5) becomes
zero. It is shown in [3] that the coefficient of
determination between εf and εM for the data in figure 3
is approximately r2 = 0.25. This explains that the MOE
is a good predictor for the bending strength of clear
wood. That is because both MOE and bending strength
are dependent of the density, and the natural variations
for these dependencies for the MOE and bending
strength are correlated.
The model coefficient C1/C2 in (6) can be calculated
from the values found in figures 1 and 2, but can also
directly be determined by regression analysis. Also the
scatter around the model line can be determined by
regression analysis.
3.2 STRENGTH REDUCING
CHARACTERISTICS
3.2.1 Introduction
In section 3.1 was explained that the prediction of the
bending strength from the MOE of clear wood can be
explained by the fact that both properties are correlated
to the density. That means that the prediction of the
bending strength of clear wood is not related to the
species, but to the property density (and by that also to
the MOE), and therefore species independent.
To extend this theory to structural sized specimens it has
to be investigated which features in structural size
specimen cause that the bending strength of the piece is
reduced compared to clear wood strength.
3
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For this purpose the concept of the weak zone model
proposed in [5] is used. This model regards structural
timber as clear wood connected by weak zones that
affect both strength and stiffness. The weak zones then
initiate the failure of structural timber. For structural
timber there are two main features that initiate the failure
under bending:
- knots
- global slope of grain
Figure 4 shows the bending failure of a beam initiated by
the presence of a knot and figure 5 shows the bending
failure of a beam initiated by the presence of global
slope of grain.

3.2.2 Reduction of the bending strength and MOE
due to the presence of knots
Figure 6 shows how the dimensions of a knot can be
schematized.

d2
α

d3

d1

h

b

Figure 6: Representation of knot dimensions.

Figure 4: Bending failure of a softwood beam initiated by the
presence of a knot.

Figure 5: Bending failure of a tropical hardwood beam
initiated by the presence of global slope of grain.

For knots it could be argued that failure is also caused by
slope of grain, but in this case it is considered as local
slope of grain. Global slope of grain may be present
independent of the presence of knots, which is quite
common for tropical hardwoods.
In the next sections the reduction of the bending strength
due to knots and global slope of grain are further
elaborated in two separate models.

Knots are often quantified as a knot ratio, that can be
defined as the knot dimension divided by the beam side
dimension. Which dimension of the knot is used differs
between national visual grading standards, equation (8)
gives an example for the knot ratio defined as the knot
dimension d1 perpendicular to the beam axis divided by
the beam width h perpendicular to the beam axis(see
figure 6):
(8)
KR
In visual grading standards the reduction of strength is
implemented by a stepwise reduction of the strength
grade with reducing knot ratio. The exact physical
explanation is more complex [6], but this approach gives
reasonably good correlations for the most common cross
sections, as for instance is shown in [7].
The bending strength and the MOE can be described as a
reduction of the clear wood strength by equations (9) and
(10):
1
1

(9)
(10)

Where:
fKR is the bending strength for timber with knot initiated
failure
MOEKR is the MOE for timber with knots.
C6 describes magnitude of the influence of the knot ratio
on the reduction of the bending strength.
C8 describes the magnitude of the influence of the knot
ratio on the reduction of the MOE.
Factor C7 brings the systematic effects into account that
can be caused by for instance the load configuration or
assumes a linear
size effects. The term 1
reduction of the bending strength with increasing KRa linear reduction of the
value and the term 1
MOE.
Equations (9) and (10) assume that the reduction of
strength is deterministic and the scatter is caused by the
natural variation of clear wood.
4
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3.2.3 Reduction of the bending strength and MOE
due to the presence of global slope of grain
Figure 7 shows how global slope of grain is defined as
the tangent of the angle α of the grain with the beam
axis.

αα

h

b

Figure 7: Representation of global slope of grain.

The reduction of the bending strength and MOE can be
described by the Hankinson equation. For the bending
strength this relation is given in equation (11):
,

,

(11)

Where
fm,α is the bending strength for timber with failures
initiated by the slope of grain.
fm,0 is the bending strength for clear wood with zero
slope of grain.
,
,

describes the ratio between the bending

strength parallel and perpendicular to the grain.
Inserting equation (1) in equation (11) and rewriting the
denominator in equation (11) gives equation (12):
(12)

,

Where C5 brings the systematic effects into account.
The same procedure for the MOE gives equation (13)

features that cause this reduction are knots and slope of
grain. These features can also be quantified by
measuring the size of knots and the slope of grain.
That means that also species independent strength
modelling is possible, but that the density is required as a
parameter that has to be measured. For that reason
machine grading is the most suitable grading method for
species independent strength grading. With machine
grading also the MOE can be determined easily with for
instance vibration measurements. With equations (10)
and (13) the effect of respectively knots and slope of
grain on the MOE is described, which means that the
MOE can be used to incorporate the effect of knot and
slope of grain without measuring these parameters, but
only measuring the MOE. This will be further elaborated
in the next sections. However, the MOE cannot
incorporate the effect of both parameters knots and slope
of grain at the same time, because then there is an
variable too much.
That means that for species independent strength grading
a division has to be made between structural timber with
failures induced by knots and failures induced by slope
of grain. In practice this division is represented by
softwoods and some European hardwoods (failures
initiated by knots) and tropical hardwoods (failures
initiated by slope of grain, and brought on the market
with very limited amounts of knots). European
hardwoods may show knots, but the
mechanical
properties may also be mainly governed by slope of
grain.
4.2 SPECIES INDEPENDENT STRENGTH
MODEL FOR FAILURES INITIATED BY
KNOTS
The parameters to be measured in machine grading are
the density and the MOE. Equation (10) can be
rewritten to describe the knot ratio KR in terms of the
density and the MOE:
(14)

(13)
Where
describes the ratio between the MOE parallel
and perpendicular to the grain.

Equation (15) describes the strength distribution that can
be expected for timber with knots and with zero slope of
grain for which the density and the MOE are measured
by inserting (14) in (9).

4 STRENGTH PREDICTING MODELS
FOR MACHINE GRADING
4.1 SPECIES INDEPENDENT STRENGTH
MODELS
In section 3 is shown that the basic strength and stiffness
of timber is related to the density and is not related to the
species. However, for structural timber this basic
strength is reduced by features that occur in structural
timber but not in clear wood. The most important

1

(15)

The prediction of the strength will give the mean value
of this distribution for this density and MOE, so with
zero scatter:
,

1

(16)

Equation (15) can be rearranged as:
5

WCTE 2016 e-book | 946

(17)

1

,

And by combining the constants (17) can be further
rewritten as:
(18)

,

With

Equation (20) describes the strength distribution that can
be expected for timber with slope of grain > 0 and no
knots for which the density and the MOE are measured
by inserting (19) in (12):
(20)

,

Equation (20) can be rearranged as:

1

,

In principle, when all Ci - constants are known, the Di constants can be calculated. However, when a prediction
model is built for a specific dataset there are two
problems that have to be addressed:
1. When a certain dataset in studied, only the
bending strength, density and MOE of each
piece are known, and not the values of all Ci constants. They have to be derived in a separate
investigation.
2. When the Ci - constants are known, from
previous investigations, then the values of the
Di - constants can be calculated, but this will
only give a good correlation between the model
values according to equation (17) and the
measured bending strength values when all test
pieces have the same density. This means that
the regression plot of the model values and the
test values are dependent on the distribution of
the density values of the timber used.
To overcome these two problems the Di - constants can
be derived directly from a regression analysis for a
certain input distribution. That means that one must be
aware that the values of the Di - constants will change
when the input distribution changes. However, when
simulations are run on different input distributions then
the expected scatter around the model line can be
studied.
The values of the Ci - constants can be regarded as "fixed
properties" of the timber which are constant for , and the
values of the Di - constants as "dynamic properties",
dependent on the input distribution of the dataset
studied. Therefore, the C-constants can be used to
simulate the data, and by varying the input density the
effect on the D-values can be studied.
4.3 SPECIES INDEPENDENT STRENGTH
MODEL FOR FAILURES INITIATED BY
SLOPE OF GRAIN
Again the parameters to be measured are the density and
the MOE. Equation (13) can be rewritten as:
1

(19)

∗

(21)

The prediction of the strength will give the mean value
of this distribution for this density and MOE, so with
zero scatter:
, ,

(22)

By combining the constants (22) can be rewritten as:
, ,

(23)

With

Again, when bending strength, MOE and density data is
available, the Di - constants can be directly determined
by a non-linear regression analysis. The values of these
constants will change depending on the distributions of
the density and MOE. With simulations the expected
scatter around the model line can be studied. Again,
because the C-constants are fixed values, they can be
used to simulate data, and by varying the input density
the effect on the D-values can be studied.
4.4 DISCUSSION
In the previous sections species independent strength
models have been derived. The influence of the knots or
the slope of grain can be represented by the MOE, but
not at the same time. It is therefore necessary to divide
the timber not in different species, but in the dominating
feature type that initiates failure. Then a division
between timber containing knots but very little slope of
grain and timber containing slope of grain but almost no
knots can be made. In practice this division is
represented by softwoods and some temperate
hardwoods (knots dominating) and tropical hardwoods
(global slope of grain dominating) as it is coming on the
market nowadays.
The strength reducing features can be described by
constants (Ci-constants in this paper), which are
properties of the material itself and therefore fixed
values. They are regarded as fixed values because it is
6
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5 EXPERIMENTAL VERIFICATION

Table 4: Constant values derived from the dataset of Douglas.

Property
C1
C2
C6
C7
C8
vF
vM
r2 between X1 and X2

bending strength (N/mm2)

assumed that these constants are the same when different
datasets with different densities are studied. In the next
paragraphs it is shown that the values for C1 and C2 are
very close for a dataset of douglas with mean density of
575 kg/m3 and massaranduba with a mean density of
1010 kg/m3.
From the relationships of these constants species
independent strength models for the two timber types are
derived. For the timber containing knots a linear
prediction model was derived and for timber with global
slope of grain a non-linear prediction model was derived.
The Di - constants derived by regression models depend
on the input distribution of the used parameters, the
density and the MOE.
By performing simulations, the expected scatter around
the model line can be studied. The data can be simulated
by the use of the C-constants, and the effect on the Dconstants can be studied.

140

simulated data

120

least squares regression test data douglas

100

5.1 EUROPEAN SOFTWOODS AND EUROPEAN
TEMPERATE HARDWOODS

Figure 8 shows the bending strength values plotted
against the modelled values for the dataset of douglas
from a direct regression analysis with equation (18),
together with 2500 simulations points based on the
distribution properties of table 3 and the constants in
table 4 with the D-values in equation (18) directly
calculated from the C-values. This approach is possible
because there is only a limited scatter in the density.
Table 3: Distribution properties derived from the dataset of
Douglas.

Property
Density (kg/m3)
KR
X1
X2

mean
575
α=0.27
0
0

Standard
62
β=2.2
1
1

Distribution
normal
weibull
normal
normal
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Figure 8: Douglas test data compared with simulated data
based on tables 1 and 2.
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simulated residuals

40

least squares residuals test data douglas

20

residuals (N/mm2)

To be able to uses species independent strength models
for grading it is important the shape of the scatter around
the model line is known. Therefore, for a dataset of 356
pieces of European softwood species douglas the
distribution properties were determined and the Ci constants were derived. Then by performing simulations
to calculate the expected residuals, defined as equation
(17)-equation (15) can be compared with the residuals
from a direct regression analysis to determine the Dvalues with equation (18).
In table 3 the distribution properties of the density and
the knot ratio are given, in table 4 the derived Ci constants, the values for vF, vM and the correlation
between the errors of the bending strength and the MOE
are given.

Value
0.11
26.9
1.03
-0.03
0.37
0.29
0.16
0.27

0
‐20

0

20

40

60

80

100

‐40
‐60
‐80

fm;model (N/mm2)

Figure 9: Residuals based on regression on test data
compared with residuals based on simulations.

Figure 9 shows that the simulated residuals follow the
same trend as the residuals from the direct regression
analysis. It can be observed that the magnitude of the
error around the model line remains practically constant
with increasing model values. The aim of the exercise on
the douglas data is to show that the appropriateness of
the model of equation (18) can be explained from the
distribution properties of table 3 and the C-constants
according to table 4.
As a next step the database of 2271 specimens of six
European softwood and hardwood species with knots as
the main strength reducing parameter are studied. From
7
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this data only the dynamic MOE and the density are
available as model parameters for machine grading. For
the douglas data was shown that the D-values of
equation (18) can be directly derived from a regression
analysis.
The multi-linear regression model that was found is:
0.025

,

0.0031

7.3

(24)

The regression graph is shown in figure 10. Compared to
equation (6) for clear wood the density is now included
into the equation. This is because now the influence of
the strength reducing feature is now integrated in the
MOE, where for clear wood the MOE is only related to
the density.
The residuals against the model values are plotted in
figure 11.

fm;measured (N/mm2)

European temperate hardwoods

100
80
60

Table 5: Distribution properties derived from the dataset of
Massaranduba.

mean
1010
α=0.12
0
0

Standard
67
β=1.5
1
1

Distribution
normal
weibull
normal
normal

Table 6: Constant values derived from the dataset of
massaranduba.
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Figure 10: Bending strength values plotted against the model
values according to the model of equation (24)

residuals (N/mm2)

To investigate the expected scatter around the model line
for tropical hardwood, 74 specimens of the tropical
hardwood species massaranduba were analysed. To
derive the constants for this dataset, 18 specimens with
slope of grain at different levels were specially prepared.
In table 5 the distribution properties of the density and
the global slope of grain are given, in table 6 the derived
Ci - constants, values for vF, vM and the correlation
between the errors of the bending strength and the MOE
are given.

Property
Density (kg/m3)
Slope of grain
X1
X2

European softwoods

120

5.2 TROPICAL HARDWOODS
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Figure 11: Residual strength values plotted against the model
values according to the model of equation (24)

Property
C1
C2
C3
C4
C5
vF
vM
r2 between X1 and X2

value
0.13
24.1
28.2
9.3
-8.5
0.15
0.09
0.18

Figure 12 shows the bending strength values plotted
against the modelled values for the dataset of
massaranduba from a direct regression analysis with
equation (23), together with 2500 simulations points
based on the distribution properties of table 5 and the
constants in table 6with the D-values in equation (23)
directly calculated from the C-values. This approach is
possible because there is only a limited scatter in the
density

Figure 10 shows that the six softwood and temperate
hardwood species can be combined in one consistent
model. Figure 11 shows that the shape of the residuals
around the model line are as expected from the
simulations of figure 9. An almost constant magnitude of
the error for increasing model values is observed.

8

The regression model found was:

simulated data
least squares regression test data massaranduba
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Figure 12: Residuals based on regression on test data
compared with residuals based on simulations.

Figure 13 shows the residuals against the model values.
The residuals from the simulations are defined as
equation (22)-equation (21) that are compared with the
residuals from a direct regression analysis to determine
the D-values with equation (23).
Figure 13 shows that the simulated residuals follow the
same trend as the residuals from the direct regression
analysis. It can be observed that the magnitude of the
error around the model line increases with increasing
model values.

.

.
;

.

12.9

.

(25)

In this model the maximum value for the MOE was
restricted to 25 times the density value, In this way the
scatter was more symmetric. The regression graph is
shown in figure 14.
The residuals against the model values are plotted in
figure 15.
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Figure 14: Bending strength values plotted against the model
values according to the model of equation (25)
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least squares resiudals test data massaranduba
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Figure 13: Residuals based on regression on test data
compared with residuals based on simulations.

The aim of the exercise on the massaranduba data is to
show that the appropriateness of the model of equation
(23) can be explained from the distribution properties of
table 5 and the C-constants according to table 6.
Next, the database of 2218 specimens of 24 tropical
hardwoods with global slope of grain as the main
strength reducing characteristic are studied. From this
data only the dynamic MOE and the density are
available as model parameters for machine grading. For
the massaranduba data was shown that the D-values of
equation (23) can be directly derived from a regression
analysis.
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Figure 15: Residual strength values plotted against the model
values according to the model of equation (25)

Figure 14 shows that the 24 tropical hardwood species
can be combined in one consistent model. Figure 15
shows that the shape of the residuals around the model
line are as expected from the simulations of figure 13.
An increasing magnitude of the error for increasing
model values is observed.

9
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6 CONCLUSIONS
The fact that the basic strength and stiffness of clear
wood timber is related to the density is considered as
applicable on all species. The scatter between species,
and in between a single species are both considered to be
covered The reduction of strength and stiffness from the
clear wood strength for structural timber is mainly
caused by the features knots and global slope of grain,
and not by species related anatomical features.
The equations to describe these reductions contain
constants that can be regarded as timber properties.
The influence of either knots or global slope of grain can
be represented by the modulus of elasticity but not both
features at the same time. Therefore, to derive models
for machine grading, a separation has to be made for
timber with knots as the dominating feature and timber
with global slope of grain as the dominating feature.
For timber with knots, a linear strength predicting model
is derived. The constants in this model depend on the
input distribution of the density and the MOE. The
expected scatter around the model line can be found by
performing simulations, and is almost constant with
increasing model values.
For timber with slope of grain a non-linear predicting
model is derived. The constants in this model depend on
the input distribution of the density and the MOE. The
expected scatter around the model line can be found by
performing simulations, and is increasing with
increasing model values.
Because the global slope of grain is very difficult to
measure in practice in particular for tropical hardwoods
species independent strength grading opens possibilities
for safe and economic use of this type of timber in
structures.
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TIME LAG DETERMINATION ON ULTRASOUND WAVE
MEASUREMENT USING DIFFERENT SENSORS POSITIONING
Francisco Arriaga1, Daniel F. Llana2, José R. Aira3, Miguel Esteban4, Guillermo
Íñiguez-González5
ABSTRACT: Mechanical properties of timber can be estimated from wave propagation velocity by measuring the
wave time of flight. A time lag is observed in wave time of flight depending on the species-knottiness and device,
usually obtained by end to end measurements at different distances. The aim of this research is the determination of that
time lag by means of in situ time of flight measurements.
Ultrasound wave transmission time was measured in 30 pieces of Spanish Scots pine (Pinus sylvestris L.), 90 by 140
mm cross-section size and 4 m long. Different sensor placement arrangements were used: direct measurement (end to
end), surface measurement (edge to same edge and face to same face) and crossed measurements (edge to opposite edge
and face to opposite face). The pieces were successively shortened to 3, 2 and 1 m, establishing a linear regression
between measuring distance and time of flight obtaining the time lag. Surface and crossed measurements were
compared with direct measurement, in order to validate the time lag procedure.
KEYWORDS: Non-destructive testing, Sensors positioning, Time of flight, Time lag, Ultrasound wave.

1 INTRODUCTION 123
The time lag in ultrasound wave measurements in timber
pieces has been studied in previous research works [1,
2]. If this time lag effect is not taken into account, the
apparent velocity of wave transmission shows a slight
dependency on the measured distance [3, 4, 5]. These
measurements are usually done from end to end of the
test piece in laboratory conditions, but in the practical
assessment of existing structures, end to end
measurement is not possible and other sensor positions
must be used. In this way, measuring the time of flight
(TOF) positioning the sensors on the surfaces of the
timber piece is a typical procedure in existing timber
structures assessment. The effect of the position of the
receiver sensor in stress wave was studied by several
authors [6, 7, 8].
The aim of this work is the determination of time lag by
means of in situ ultrasound TOF measurements using
different sensor positions (surface and crossed
measurements) comparing the results with direct
measurements (end to end measurements).
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2 MATERIAL AND METHODS
2.1 MATERIAL
The material used was 30 pieces of dry planed structural
Scots pine (Pinus sylvestris L.) pieces of Spanish
provenance, with nominal dimensions of 90 by 140 by
4000 mm.
The moisture content (MC) of these timber specimens
was measured using an electrical resistance moisture
meter (Gann RTU600, Gann Mess-u, Regeltechnik
Gmbh, Germany) according to the EN 13183-2 [9]
standard. The average MC of the pieces was 9.1%, with
a coefficient of variation (COV) of 10.7%. The
maximum and minimum values were 8.0 and 11.1%,
respectively. No correction by MC was made for TOF,
modulus of elasticity and density, due to the low
variation of MC in the studied timber pieces.
2.2 TIME OF FLIGHT MEASUREMENTS
Ultrasound wave TOF was measured using the Sylvatest
Duo (CBS-CBT, Switzerland) with conical sensors of
frequency 22 kHz. Measurements were performed using
five different sensor placement arrangements:
 Direct measurement (longitudinal or parallel to the
axis of the piece) by placing sensors at the ends of
each specimen, one on each end; this measurement
was used to determine the end to end velocity or
parallel velocity (V0);
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Surface measurement by placing both sensors on the
same edge and on the same face; deducing the
surface velocities (Vse and Vsf, respectively); and,
Crossed measurement, by placing one sensor on a
edge and the other on the opposite edge; obtaining
the crossed velocity from edge to opposite edge
(Vce); and finally, crossed by placing one sensor on
an face and the other on the opposite face; obtaining
the crossed velocity from face to opposite face (Vcf),
Figure 1.

Surface measurements were taken only in one of the
edges surfaces of the piece (and in one of the faces)
chosen at random. And, in a similar way, the crossed
measurements were taken from one of the edges to the
opposite (and from one of the faces to the opposite),
also, chosen at random.

Figure 2: Sensor positioning

Sensor orientation in crossed and surface measurements
was at an angle equal to or slightly less than 45º with
respect to the timber surface. The depth of the sensor
point in the timber was 10 to 12 mm when parallel to the
grain and inclined.
Each piece of wood was reduced to 3 m long by cutting a
0.5 m long section from each end. This procedure was
repeated two more times to obtain wood specimens of 2
and 1 m in length. Figure 3 shows the cutting procedure
to obtain the target lengths. In this way, parallel to the
grain TOF and velocity V0 was obtained for pieces 4, 3,
2 and 1 m long.

Figure 1: Sensor placement arrangements: a) Parallel to the
grain; b) Surface measurement on the same edge; c) Surface
measurement on the same face; d) Crossed measurement
between opposite edges; and, d) Crossed measurement between
opposite faces.

The surface and crossed measurements were performed
placing the sensors at a distance equal to 240 mm from
the end of the piece in order to avoid any possible border
effect. For each arrangement, two measurement points
were considered, located at one and two thirds of the
depth of the piece, except in edge measurement where
due to its narrowness only one measurement was made,
Figure 2. Mean value of both measurements was
considered for the calculations.

Figure 3: Procedure for reducing the length of the specimens

In a similar way, ToF and velocity in surface
measurement were obtained for each length (3.52, 2.52,
1.52 and 0.52 m) on the faces (Vsf) and on the edges
(Vse).
And finally, the crossed measurements were recorded,
also for 3.52, 2.52, 1.52 and 0.52 m lengths. These
lengths correspond to distances between sensors slightly
bigger, and the lines joining the sensors form an angle
with respect to the axis of the piece varying from 1.47º
to 15.07º, Table 1.
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Table 1: Distances and angles with respect to the axis of the
piece, in crossed measurements

Length
(m)
3.52
2.52
1.52
0.52

Opposite edges
Distance Angle
(m)
(º)
3.523
2.28
2.524
3.18
1.526
5.26
0.538
15.07

Vapp = 5647.1 – 97.2·L

(1)

Opposite faces
Distance Angle
(m)
(º)
3.521
1.47
2.522
2.05
1.523
3.39
0.528
9.82

2.3 STATIC MODULUS OF ELASTICITY
The static modulus of elasticity (E) of timber pieces
were determined by static bending test according to
European Standard EN 408 (2010+A1:2012) [10]. The
test piece is simply supported and symmetrically loaded
in bending at the thirds of a span equal to 18 times the
depth of the piece, Figure 4. This test was performed
when the timber pieces were 3 m long. The mean value
was 11776 N/mm2 with a COV of 11.7% (minimum
value 9988 and maximum value 15659 N/mm2).

Figure 5: Means graph of ANOVA of velocity for length

3.1.2 Time lag correction
This mentioned velocity apparent dependency on length
is due to a time lag in measured time which depends on
the characteristic of the used device and timber
singularities [2]. The time lag can be easily obtained
establishing a linear regression between TOF and length,
Figure 6, with an r2 = 0.98, equation (2).
TOF = 193.727·10-6·L – 15.71·10-6

(2)

Figure 4: Arrangement for bending test according to European
Standard EN 408 (2010+A1:2012)

2.4 DENSITY
The density of the whole pieces was measured by
dividing the mass by the volume (global density). The
mean value was 523 kg/m3 with a COV of 8.5%
(minimum value 424 and maximum value 629 kg/m3).

3 RESULTS AND DISCUSSION
3.1 END TO END MEASUREMENTS
3.1.1 Velocity and distance
The velocity of wave transmission was obtained dividing
measured length by TOF recorded. Figure 5 shows a
means graph of this velocity (Vapp) for each length (1, 2,
3 and 4 m). The velocity slightly decreases, apparently,
as the length increases. A linear regression can be
established between velocity and length, L, with a weak
coefficient of determination (r2) of 0.11, equation (1).
There is a statistically significance relation between
velocity and length, at a confidence level of 95%,
because P value (0.0002) is smaller than 0.05.
Theoretically, velocity should be independent of length,
but these results show a small tendency.

Figure 6: Linear regression between TOF and length

The intersection of the line with ordinate axis occurs at a
time equal to -15.71·10-6 s, and therefore measured times
must be corrected adding this time lag. Figure 7 shows
the means graph of the velocity obtained with time lag
correction for each length (1, 2, 3 and 4 m). Velocity for
2 to 4 m length is constant, but for 1 m length shows
statistically significance differences. This can be
explained because the measured length of 1 m is too
short, in relation with wave length, to have reliable TOF
measures, as it is explained below.
Depending on the operating frequencies of the ultrasonic
sensors used, a minimum length of the specimen should
be specified. The effect of specimen length on ultrasonic
measurement was studied by several researchers.
Oliveira et al. [11] investigated the variation of
ultrasonic velocity (22 kHz) in 50 by 120 mm structural
lumber of four different species (Pinus caribaea
Morelet., Eucalyptus citriodora Hook., Eucalyptus
grandis Hill. ex Maid. and Hymenaea sp.) with length
ranging from 0.1 to 3 m. Authors reported a clear effect
of specimen length to wave length ratio (L/λ) on
measured wave velocity when L/λ was under 3. Wave
velocity was found relatively unchanged when L/λ was
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above 3. Similarly, Bartholomeu et al. [12] examined the
influence of cross-sectional size and length on ultrasonic
measurements in Eucalyptus sp. specimens using a
Steinkamp BP7 (Ultratest, Germany) with 45 kHz
transducers. Authors concluded that ultrasonic
measurements can be performed when L/λ > 5. In this
case the wave length is λ = 5110/22·103 = 0.23 m, and
then, the minimum length should be L ≥ 5·λ = 1.15 m
(being 5110 m/s the velocity for 2 to 4 m length, and
22·103 the frequency of the device). For that reason,
hereinafter, measurements for 1 m length were
discarded.

Vapp = 5109.91 – 3.40·L

(4)

Figure 9: Means graph of ANOVA of velocity (including time
lag correction of 23.02·10-6 s) for length

Figure 7: Means graph of ANOVA of velocity (including time
lag correction of 15.71·10-6 s) for length

The time lag was obtained, again, but excluding 1 m
length measurements, establishing a linear regression
between TOF and length, Figure 8, with an r2 = 0.95,
equation (3). There is a statistically significance relation
at a confidence level of 95% because P value (0.0133) is
lower than 0.05.
TOF = 195.921·10-6·L – 23.02·10-6

(3)

Figure 8: Linear regression between TOF and length (4, 3 and
2 m)

Figure 9 shows the means graph of the velocity obtained
with time lag correction deduced from equation (3),
23.02·10-6 s, for each length (2, 3 and 4 m). The velocity
shows a constant value for the three lengths. A linear
regression can be established between velocity and
length, L, with a negligible coefficient of determination
(r2) of 0.01, equation (4). This coefficient of
determination is lower than the obtained in equation (1),
which included the 1 m long measurements. There is not
a statistically significance relation between velocity and
length, at a confidence level of 95%, because P value
(0.925) is greater than 0.05.

In summary, if time lag is not taken into account the
error on the calculated velocity will depends on the
measurement length. For a velocity of 5128 m/s (see
section 3.1.3), the error would be of 6% for 2 m length
measurement, and it decreases with length increase (4
and 3% for 3 and 4 m, respectively). This error would be
magnified when dynamic modulus of elasticity is
obtained, because it depends on the square of velocity;
then, the error would be of 12, 8, and 6% for lengths of
2, 3 and 4 m, respectively. Time lag could be neglected
when measurements are taken on large lengths (over 5
m), but not when measurements are short (2 to 3 m).
3.1.3 Considerations about time lag determination
a) Global and individual time lag approach
The time lag has been obtained from a linear regression
of all the data of TOF of the pieces, as it has been
explained in section 3.1.2. This time lag is called TLg
(global time lag). Then, the TOF of each piece was
corrected with TLg (-23.02·10-6 s) and velocities were
obtained for each piece, Vig (velocity corrected with
TLg).
The mean value of these velocities was practically
constant for different lengths (2, 3 and 4 m), Figure 9.
Hereinafter, the 3 m length was considered as a reference
to velocity. The mean value was, Vig, of 5128 m/s.
Nevertheless, there is other possibility to manage the
time lag. It consists on the determination of the time lag
from a linear regression of TOF obtained for each piece
(linear regression with 3 points for each piece). This time
lag is called TLi (individual time lag). The value of this
individual time lag is highly variable, as it can be seen in
Figure 10 for each of the 30 pieces.

Figure 10: Individual time lag calculated for each piece
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Then, the velocity of each specimen was obtained from
corrected TOF with TLi, and called individual velocity,
Vii. The mean values of TLi and Vii were -23.04·10-6 s
and 5130 m/s, respectively. These are practically the
same as previous “global” values. Therefore, the both
previous approaches (global and individual) lead to the
same end results.
In order to clarify which of the two approaches gives
better predictions of the mechanical properties, static
modulus of elasticity has been considered as the
predicted variable deduced from dynamic modulus of
elasticity.
The dynamic modulus of elasticity, Edyn, was calculated
according to the simplified equation (5), from velocity,
Vi, and density, ρi, for each piece.
Edyn = Vi2· ρi

(5)

Edyn was calculated from Vi = Vig, and from Vi = Vii,
obtaining two values, called Edyn,g, and Edyn,i,
respectively. Linear regressions were established
between both dynamic modulus of elasticity and the
static modulus of elasticity, Ei, obtained according to
section 2.3, equations (6 and 7).
r2=0.89

(6)

Ei = 2923.28 + 0.648638·Edyn,i r2=0.73

(7)

Ei = 560.72 + 0.82265·Edyn,g

The determination coefficient is higher in equation (6)
when global time lag was used for correction of velocity.
If these correlations would be done directly with velocity
instead of dynamic modulus of elasticity, the
determination coefficient would be also higher with
global time lag correction, equations (8 and 9),
Ei = -4707.09 + 3.21414·Vi,g

r2=0.46

(8)

Ei = 476.19 + 2.2027·Vi,i

r2=0.33

(9)

These results suggest that it is better to use the global
time lag, obtained from a single linear regression on data
of all pieces.
b) Sample size for time lag determination
Determining the time lag require to take several readings
on each piece which involve a high consumption of time.
To reduce this time an option is to get the time lag from
a small sample of pieces of the structure. These members
should be of similar characteristics (cross-section,
length, species and grade) and belonging to the same
structural type. This could be practical in case of in situ
assessment of existing structures.
In order to estimate what would be the minimum number
of pieces to determine the time lag with sufficiently
approximate value to the obtained with all the pieces, a
calculation was performed using an increasing number
of pieces from one to the total number of pieces.
Figure 11 shows the global time lag calculated for an
accumulated number of pieces from 1 to the total

quantity of 30 pieces. It can be seen that from 5 or 6
pieces global time lag value has small variation
(approximately 21 to 23.2·10-6 s).

Figure 11: Global time lag calculated in a sample of
accumulated number of pieces

c) Time lag and knottiness
In a previous work [2] a relationship was founded
between time lag and knottiness of the timber. Larger
CKDR values produced longer time lag. These results
were obtained in four batches of four different
coniferous species. In order to check if this relationship
can be found in the tested material in this research, a
linear regression was established between individual
time lag, TLi, and the CKDR (at 3 m length) for each of
the pieces. The coefficient of determination was only
0.01 There was not a statistically significance relation
between TLi and CKDR, at a confidence level of 95%,
because P value (0.4969) is greater than 0.05. The time
lag seems to be a parameter that is not useful to be used
individually.
3.2 SURFACE MEASUREMENTS
3.2.1 Velocity and distance
The measurements were made in the edge and in the face
surface of the piece, considering 4 lengths (0.52, 1.52,
2.52 and 3.52 m). If velocity is calculated directly
dividing length by TOF recorded by the device, there is
an apparent dependence of velocity on length, in a
similar way than for end to end measurements. The 0.52
m length was discarded for the same reasons described
in section 3.1.2.
3.2.2 Time lag correction
The time lag was obtained establishing a linear
regression between TOF and length (1.52, 2.52 and 3.52
m), for edge to edge measurements, TOFse, and for face
to face measurements, TOFsf, according to equations (10
and 11). There is a statistically significance relation at a
confidence level of 95% because P value, in both cases,
(0.0000) is lower than 0.05, as it was expected.
TOFse = 202.2·10-6·L - 23.47·10-6 r2=0.96

(10)

TOFsf = 198.6·10-6·L - 6.43 ·10-6 r2=0.96

(11)

Two different values of time lag were obtained,
23.47·10-6 s for edge surface measurement and 6.43 ·10-6
s for face surface measurement.
These time lag corrections of TOF were applied to
calculate the velocities for surface measurements edge to
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edge (Vse) and face to face (Vsf). Figures 12 and 13 show
not length dependency in these corrected velocities.

Figure 12: Means graph of ANOVA of velocity in surface edge
to edge (including time lag correction of 23.47·10-6 s) for
length

Figure 13: Means graph of ANOVA of velocity in surface face
to face (including time lag correction of 6.43·10-6 s) for length

The mean values of velocities were Vse = 5012 and Vsf =
5095 m/s, with a coefficient of variation of 6% in both
cases. The ratios between these velocities and the end to
end velocity are Vse/V0 = 5012/5128 = 0.977, and Vsf/V0
= 5095/5128 = 0.994.
Linear regressions between the end to end velocity and
the surface velocities are defined in equations 12 and 13.
V0 = 933 + 0.8404·Vse

r2 = 0.76

(12)

V0 = 686 + 0.8735·Vsf

r2 = 0.88

(13)

It can be seen that the correlation is high in both cases,
but better in the case of measurements on the faces.
3.2.3 Modulus of elasticity prediction
Linear regression was established between dynamic
modulus of elasticity and the static modulus of elasticity,
Ei, obtained according to section 2.3. The dynamic
modulus of elasticity was obtained from equation (5)
using Vi equal to the surface velocity edge to edge, Vse,
and to the face to face, Vsf. The equations (14 and 15),
respectively, shows both relationships using modulus of
elasticity Edyn,se and Edyn,sf.
Ei = 2453 + 0.7184·Edyn,se
Ei = 1809 + 0.7402·Edyn,sf

Better correlations are obtained when surface
measurement from face to face is used. This difference is
not easy to explain because the measurement on the
edges would be more affected by the knots situated at the
margins of the cross-section, and they have the most
influence on the bending of the piece. But, on the other
hand, face measurements consist on two records on each
face and could be more representative of the material.
3.3 CROSSED MEASUREMENTS
3.3.1 Velocity, distance and angle
In crossed measurements the distances parallel to the
axis of the pieces were from 0.52 to 3.52 m. In edge to
edge measurement the angle between the lines joining
sensors and the axis of the piece were from 2.28º to
15.07º, and in face to face measurement from 1.47º to
9.82º (see section 2.2). The 0.52 m length was discarded
for the same reasons described in section 3.1.2.
Therefore, there were 3 lengths (3.523, 2.524 and 1.526
m) and 3 angles (2.28, 3.18 and 5.26º) for edge to
opposite edge measurements; and, 3 lengths (3.521,
2.522 and 1.523 m) and 3 angles (1.46, 2.05 and 3.39º)
for face to face measurements.
The effects of the angle and of the length are mixed and
it is not easy to separate its effects accurately. The
variation of velocity due to the angle interval from 1.47
and 5.26 was estimated in a 2%, in a previous work [8].
And approximately, the variation of velocity due to the
time lag can be of 3%.
Nevertheless, it must be taken into account that the
visual grading specifications for typical structural timber
pieces allow a slope of grain of 1:6 to 1:10 depending on
the grade and grading standard [13]. Then, the slope of
grain in timber pieces due to the trunk tapering can be
around 5 to 9º, even in end to end measurements.
For that reason, time lag was determined without taking
into account the angle between the line joining the
sensors and the axis of the piece. Actually,
measurements from end to end of the piece may also
have angles up 9º in the usual grades in structural timber.

r2=0.74 (14)

3.3.2 Time lag correction
The time lag was obtained establishing a linear
regression between TOF and length (1.523, 2.524 and
3.523 m), for edge to opposite edge measurements,
TOFce, and for face to opposite face measurements,
TOFcf, according to equations (18 and 19), respectively.

r2=0.85 (15)

TOFce = 199.3·10-6·L – 11.32·10-6 r2=0.96 (18)

And equations (16 and 17) show the linear regression
between modulus of elasticity and velocities.
2

Ei = -2393 + 2.827·Vse

r =0.39

(16)

Ei = -3534 + 3.005·Vsf

r2=0.46

(17)

TOFcf = 200.2·10-6·L – 12.62 ·10-6 r2=0.96 (19)
Two very similar values of time lag were obtained,
11.32·10-6 s for edge crossed measurements and 12.62
·10-6 s for face crossed measurements.
These time lag corrections of TOF were applied to
calculate the velocities for crossed measurements edge to
edge (Vce) and face to face (Vcf). Figures 14 and 15 show
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the corrected velocities for each length and it can be seen
that there was not length dependency.

Figure 14: Means graph of ANOVA of velocity in crossed edge
to edge (including time lag correction of 11.32·10-6 s) for
length

Figure 15: Means graph of ANOVA of velocity in crossed face
to face (including time lag correction of 12.62·10-6 s) for length

The mean values of velocities were Vce = 5085 and Vcf =
5052 m/s, with a coefficient of variation of 6%, in both
cases. The ratios between these velocities and the end to
end velocity (at 3 m length) were, Vce/V0 = 5085/5128 =
0.992, and Vcf/V0 = 5052/5128 = 0.985.
Linear regressions between the velocities (corrected by
time lags and in 3 m length) are shown in equations (20
and 21).
V0 = 389 + 0.9319·Vce

r2 = 0.91

(20)

V0 = 826 + 0.8515·Vcf

r2 = 0.90

(21)

These equations show a strong relationship between the
crossed velocities and the end to end velocity, with high
coefficients of determination, even higher than in
equations 12 and 13, for surface velocities.
3.3.3 Modulus of elasticity prediction
Linear regression was established between dynamic
modulus of elasticity and the static modulus of elasticity,
Ei, obtained according to section 2.3. The dynamic
modulus of elasticity was obtained from equation (5)
using Vi equal to the crossed velocity edge to edge, Vce,
and to the face to face, Vcf. The equations (22 and 23),
respectively, show both relationships using modulus of
elasticity Edyn,ce and Edyn,cf.
Ei = 1593 + 0.7591·Edyn,ce
Ei = 1590 + 0.7697·Edyn,cf

4 CONCLUSIONS
It was verified that time of flight should be measured in
a minimum length of 5 times the wave length to obtain
valid values, as it was proposed by different authors. In
this work with a 22 kHz frequency device and an
average velocity of 5128 m/s, the minimum length used
was 1.16 m.
Time of flight should be corrected with the time lag to
avoid the apparent length dependency of velocity. Time
lag may be determined recording time of flight in at least
3 increasing distances (i.e. 1.5, 2.5 and 3.5 m).
Better correlations were obtained between static modulus
of elasticity and dynamic modulus of elasticity (or
velocity) when global time lag was used, calculated from
a linear regression of the data set.
In order to obtain a representative value of time lag for a
timber pieces population for in situ measurements, the
previous procedure should be applied to at least 6 pieces
(approx.).
In case of in situ determination of time of flight and time
lag, measurements may be made positioning the sensors
in one of the surfaces of the piece (edge or face),
measuring the time of flight between two points of the
same edge or face. This surface velocity was slightly
lower than end to end velocity (ratio = 0.98-0.99, for
edge and face, respectively).
The use of crossed measurements (edge or face to
opposite edge or face, respectively) resulted, also, valid
for in situ time of flight and time lag determination. The
velocity obtained was slightly lower than end to end
velocity with a ratio of 0.99.
The correlation between static modulus of elasticity and
dynamic modulus of elasticity was high in all cases. The
coefficient of determination in the linear regression was
0.89 for end to end velocity, 0.74-0.85 for surface
measurement, and 0.86-0.88 for crossed measurements.
These results correspond to a small number of
specimens, and therefore findings should be interpreted
as preliminary. The authors will extend this research to
more coniferous species and other time of flight
measurement devices.
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EVOLUTION OF A RAPID LOW IMPACT METHOD FOR RELIABLY
BENDING TIMBER IN HIGH VALUE APPLICATIONS: A STUDY BASED
ON NATIVE AUSTRALIAN EUCALYPTS
Patrick Beale1. Stanley Samulkeiwicz2
ABSTRACT: Bending timber whether for joinery purposes or for special construction or shipbuilding has always been
a lengthy process that is often accompanied by a high level of failures. Some species are far better behaved than others
in these processes, and generally the lighter longer fibred timbers of the cold temperate regions of the northern
hemisphere perform best. The high density eucalypts of Australia typically grown in the hot temperate regions are
notoriously difficult to bend, with high failure rates and a high ratio of spring back following cooling and relaxing of the
member being bent. This paper will relate the development of a process for bending these timbers that is fast, reliable,
and has minimal spring back on completion. It is also a process that has been developed around low machinery use and
therefore low waste and low energy consumption.
KEYWORDS: Wood bending, eucalypts, furniture, wood products, bending processes, waste minimization

1 INTRODUCTION 1 23
In 2006 Narrogin Joinery began working with the
Advanced Timber Concepts Research Centre at the
University of Western Australia on the design and
development of a lightweight all timber chair. The
overall aims of the project were to re-value the States
native timber resource. Working with two of the world’s
highest density timbers to produce a lightweight chair, it
was clear that each member of the chair would have to
operate at optimum strength for its purpose in order to
keep the weight to a minimum. Structural analysis
followed by empirical tests indicated that a section size
of 22mm X 22mm would deliver the required strength in
the individual members 4. Jointing in such small sections
would obviously be challenging and therefore a decision
was made early on to minimize the number of joints and
junctions in the timber.
In order to achieve this end the back leg of the chair and
the back rest frame was designed as a single element.
The back leg element could either be cut from a suitable
crown cut curved grained piece of timber or it could be
bent. The crown cut method would mean substantial
1
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No reliable information was available at the time on the
properties of regrowth timber in Western Australia. Data was
extrapolated from old growth data and extrapolated again to
account for the behaviour of very small sections. The work was
carried out by Bob Grieve of Breuchle Gilchrist & Evans,
Structural engineers, Perth. Western Asustralia.

wastage which was antithetical to the aims of the
research and so was rejected. It was therefore decided
to bend the legs from sound straight grained timber. In
the course of this project a variety of different steaming
techniques were explored, but with the very best results
only yielding less than a 50 % success rate. The
processes were found to be time-consuming and
unreliable and therefore costly in the manufacturing
context we had for this project. The success rate for
Karri [eucalyptus Diversicolour] was higher than for
Jarrah [eucalyptus Marginata]. In appearance it is
quickly established that Karri is a long fibred stringy
timber while Jarrah is short fibred, and relatively brittle.
The best results were achieved from juvenile, green
Karri. This juvenile timber is harvested as thinnings
from the coppiced regrowth forests at 15 – 18 years. This
timber has a very low dollar value with the only market
application being lightweight roofing battens.
While the end results of the steam bending process were
more than satisfactory the time taken in the preparation
and assembly of the chair elements was substantial, and
therefore costly. The lightweight chair project itself was
drawn to a close following a very successful European
exhibition tour in 2009 culminating at the 100% design
exhibition in London where the Shimmer chair and table
received runner up to best in show status in two
categories [figure 1]. However the production rights
were not taken up due to the complexity of the assembly
process and the excessive production costs relative to
market sales points. We then proceeded to examine ways
of streamlining the production process, with emphasis on
the bending systems for the rear legs. Having the rear
legs made from a single piece of timber was essential to
the structural stability and integrity of the chair, so a
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solution was needed to the wasteful and time consuming
steam bending process.

Figure 01-1Shimmer Chair at 100% Design, London 2008

process was formalised. In 2004, the first substantial
review effectively stopped all logging in old growth
forests and substantially reduced the harvest of the
remaining regrowth native forest.
The overall aim of the ATC Research Projects at this
time was to re-value the native timber resource in
Western Australia in the wake of these very considerable
reductions on the harvesting quota permitted in the
native hardwood forests. The research was sponsored by
the West Australian government through its agency, the
Forest Products Commission, FPC. The move reflected a
change in government policy towards conservation of
the native forests and a more active management strategy
towards conservation and limited selective harvesting
practice. As a consequence of the policy, a large number
of businesses in the forestry sector were offered
substantial compensations or were bought out of their
businesses and their staff retrained for employment
elsewhere. The objective of the government was to
revitalise an industry that had long relied on felling and
selling high quality timber in high volumes to low value
applications, mostly overseas. The relative sale prices in
the value chain in 2006 prices showed a potential uplift
factor of 78 over the cubic metre price to the grower 5.
The chair project was one of a number that sought to
demonstrate how a very small volume of timber could be
transformed into a high value end product.

Figure 01-2Shimmer Chair at 100% Design, London 2008

Over the five years following the completion of the
original project described above, Narrogin Joinery
continued to research theoretically and empirically the
bending issue with a view to developing a more rapid
and more consistently reliable method of bending small
sections of timber. The result of the following process of
research and prototyping is a method that employs heat
only and has a 98% success rate in limited trials in the
selected timbers.
2.0 THE CONTEXT OF THE PROJECT
The majority of the forest resource in Western Australia
is owned and managed by the West Australian State.
Since white colonization of Western Australia in the
early 19th century, logging old growth forests and
exporting the harvest to Europe has been the norm. Over
the past 25 years, increasing restrictions have been
placed on the harvesting of Old growth forests. Through
the WA Regional Forestry Agreement drawn up by the
state in 1999 [and subject to 5 yearly review] this

The two species that were selected for the design
experiment, Jarrah [eucalyptus Marginata] and Karri
[Eucalyptus Diversicolour] have a high density or weight
per cubic meter with Jarrah when green at about 1170
kg/m3, and an air-dry density at 12% moisture content of
820 kg/m3. Karri has a green density of about 1200
kg/m3, and an air-dry density at 12% moisture content of
about 900 kg/m3. Jarrah has a Modulus of Elasticity
[MOE] of MPA 10,201 when green to 13,970 when dry.
Karri is similar with an MOE of 14,285 when green
which rises to 19045 when dry 6. These characteristics
are manifest in the appearance and in handling the
timber where the grain of Jarrah is closer and generally
quite curly, while karri is and open straight grain. When
a spar is broken the Jarrah breaks clean whereas the
Karri tears, leaving long fibers attached until severed
[Figure 2 & 3] These two species represent the most
versatile and popular of the western Australian natives
eucalypts. Jarrah has been used in the construction
industry for a long time and subsequently enjoyed
popularity in the furnishing industry. Karri on the other
hand is less well liked because of its susceptibility to
termite attack, and its reputation for beign difficult to
finish, but it has been successfully exported to Europe
and Japan for over 150 years.
5

John Kay Manager Industry Development FPC 2006.
Presentation to stakeholders. Price to grower $60 m3.
Harvested $88 m3. Sawmilling $1200 m3 [17% recovery]
Furniture manufacturer $3290 m3. Furniture retailer $4690m3
6

http://www.fpc.wa.gov.au/content_migration/plantations/specie
s/native_forests.aspx
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Figure 02-1 Karri break under loading

Figure 03-1

Figure 02-2 Jarrah break under loading
Figure 03-2: Shimmer chair components: bent back leg
machined.

2.1 TIMELINESS
At the completion of the lightweight chair project it was
clear that a more streamlined production process was
needed in order to bring the chair to the market at a price
point that the retail industry could accept. A panel of
industry leaders met to work through production costs of
the chair as it was designed with a clear understanding of
the capabilities of the local industry at the time. The
outcome of this process was that while the production
prototype of each of the elements of the chair was done
on a Masterwood 372 CNC machine, and was efficient
in time and machine hours, the two areas that were
readily identified as needing modification were the
bending process and the assembly process. As the
assembly process was largely determined by the design
of the chair, the main element open to modification from
a manufacturing point of view was the bending of the
rear leg/back frame member. This element had to be a
single member in order to maintain the structural
integrity of the chair, and thus there was not an option to
economically limit the amount of timber in use through
breaking the member at the typical junction of seat level
and back level. [Figure 3]

Figure 03-3: Shimmer chair components: complex assembly
process

Experience gained during the development and
prototyping process of conventional soaking and steam
bending indicated that with these timbers, getting the
moisture content right had a substantial impact on the
reliability of the outcome when once the element had
been steamed and bent. Time soaking and time in the
steam chamber did affect the outcomes, but the process
was slow, with overnight soaking and then a period of
steaming of between 25 and 35 minutes before bending
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and then cooling or curing for a further 8 hours in a
conventional clamped form. [Figure 4]. The
conventional wisdom for bending and recovery after
steaming such as that laid out in the by the State Forests
of New South Wales in 1995 publication in wood
bending 7 did not appear to translate to the WA species
and environmental conditions.

Figure 4: Compression clamp over bending form

.
2.2 THE FIRST VARIANT PROCESS.

2010 An apparatus was developed that was based on the
conventional method of bending over a fixed form, but
using a different methodology. Trials were undertaken to
apply the moisture directly to the timber using wet fabric
wraps with the heat applied with a hot air gun; in this
case a paint stripper was used. This method delivered
results that showed some improvement in the success
rate of the timber elements [fewer breakages] and had
the advantage of gaining some speed with which the
element could be prepared for bending on a conventional
form. However the success rates, while improved,
remained too low and while the overall time was
substantially reduced, the man hours involved were not
significantly altered. If anything, more ‘hands on’ time
was required in the actual heating and forming process.
It was noted that failures typically took place when the
timber was being clamped into the form. This appeared
to indicate that a different process was required to
actually carry out the bending action. This led the
researchers to begin to develop a different kind of
apparatus for carrying out the bending.
An apparatus was designed that can be described as
dynamic rather than static as the conventional formwork
model was. This apparatus used steel bands to restrain
the outer radius of the timber but applied the bending
forces simultaneously to both sides of the material. This
second prototype continued to use the soaked fabric
wrapping method with heat applied through a hot air gun
and the results improved rapidly, with fewer failures, a
reduced time frame and better stability when removed
from the form.
7

State Forests of New South Wales: Technical Publication
research Division No. 7 ISSN:0155·7548ISBN:0731022076

Another problem came to the fore during this process as
the success rate improved and the overall time taken to
produce a set of bent legs was reduced. This issue was
not new; it had been evident from the start but it was
assumed to be inherent to the process. This was the
staining of the timber by the soaking and drying process.
When the heat is applied directly to the timber the
staining was aggravated. This was caused in part by the
fact that in Western Australia timber is dried to 12%
RMC, due to the hot arid climate. When timber is rehydrated after the drying process, staining occurs,
drawing out some of the extractives in the timber.
Normally this can be sanded out but the staining can go
deeper. With a 20mmX20mm section there is not a lot of
room to take the surface back to reveal bare timber if the
stains have penetrated the body of the material, stained
members meant that further time was needed in the
finishing of the timber to get rid of these stains. Another
way to apply the moisture to the dry timber needed to be
investigated, if indeed it was necessary at all.
Other means were investigated of heating the timber
directly and electric heat blankets were tried. In the now
substantially modified ‘dynamic’ bending apparatus, it
was necessary to find a way of incorporating the heat
blanket into the apparatus without impairing the
performance of the bending mechanism. Modifications
were made and the experimental work continued to
arrive at the current prototype which is currently the
subject of copyright and patent registration.
The apparatus is now capable of bending timber of
structural length [for furniture] very rapidly, taking an
average of 8 minutes to bend a batch of four chair/table
legs. A success rate of 98 % has been achieved and
minimal spring back of the radius is typical. Spring back
will depend on species but the samples measured range
from 5% on low density timbers to 0 on higher density
timbers. The output is stable and the timber does not
appear to have undergone any substantial structural
alteration or change. Load tests indicate no significant
deviation from steam bent timbers. Scans of the cross
sectional change, if any, and control samples are being
carried out at the UWA Centre for Microscopy
Characterisation and Analysis [CMCA] using a Zeiss

micro-CT scanner. [Results are not yet complete but
will be presented at the conference in Vienna]

The samples below show a range of Australian
Eucalypt timers as well as European Beech and
American White oak samples bent by this method.
These are the samples that are currently undergoing
analysis at the CMCA at UWA. [figure 05;1-5]
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Figure 05-1: Jarrah E Marginata. Calibration is at 10mm
intervals in all images. These are for reference only, not
failure.

Figure 06: forced bending over a form.

Figure 05-2: European Beech Fagus sylvatica

Figure 05-3: Shining Gum. E Nitens

The conventional process for steam bending involves
forcing the timber member around a form. The timber
has been brought to a moisture content of 20-25% by
pre-soaking and then has spent a period of time in the
steaming chamber. The time is gauged at 1 hour per
25mm of thickness. Most failures occur during the
process of forming when forcing the timber over or
around the timber form as illustrated in figure 06 8
The diagram above demonstrates well the use of the
lever and the restraining metal strap on the outer radius
of the timber. The thing to note here is the lever, and
how and where it is applying pressure to the timber in
the bending process. The lever exerts force directly on
the timber at the point of contact with the form. All of
the forces used to form the bend are thus concentrated in
one place at any moment in the process.
The method used in the steam bending work at Narrogin
joinery for the original Shimmer project took a slightly
different approach by exerting pressure on the
extremities of the member and gradually drawing it
down to the form [figure 07]

Figure 05-4: Karri. E Diversiflora

Figure 05-5: American Oak :Quercus Alba

.

2.3 OPERATIONAL PRINCIPLES

The operational principles of the heat only bending
device are described below.

Figure 07: bending over a form with equal
pressure on the extremities of the member

8

State Forests of New South Wales: Technical Publication
research Division No. 7 ISSN:0155·7548ISBN:0731022076
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If the passive force [resistance] of the form is replaced
by a dynamic force as in figure 08 then the distribution
and action of the force is divided between three actions.
One ‘push’ and two ‘pulls’. Later, passive restraints were
added at either end of the member which appeared to
help reduce or eliminate the compression fractures on the
inner third of the member being bent. This is essentially
the format of the early trials in this bending
methodology.

Figure 10: the inner radius or surface of the timber has
greater change in dimension that the outer radius or
surface
Figure 08: forces are distributed to centre and ends and
are opposed
The action of the bending device is most clearly
illustrated in figure 09 where the action of the member
being bent can be seen around the starting point or the
neutral axis of the timber. The ‘bend’ is equally
distributed around the neutral or starting axis so that the
degree of ‘distortion’ or distance from the centre line, is
equal along the member and not concentrated in one
place.

Compression fractures will occur along the inner radius
of the member being bent when it is approaching the
limit of its elasticity. The empirical research that
Narrogin joinery have undertaken indicates that when
the forces used to bend and to form the timber member
are distributed evenly along the length of the timber and
are adjusted in respect of the greater action [movement,
change of dimension and therefore compression of cross
sectional structure] apparently exerted on the inner
radius of the timber, then the best results are achieved.
Figure 11 illustrates this.

Figure 09: the member is bent by forces acting equally
around the neutral axis of the straight timber through
‘push’ and ‘pull’ actions.
When a timber member is bent, the outer radius or the
‘top’ of the member goes into tension and literally
lengthens, while the inner radius shortens as it goes into
compression. It is generally assumed that the amount of
extension or tension is equivalent to the amount of
compression, but this is not the case. The inner radius
changes by a ratio of 4:1 in comparison to the outer
radius. Figure 10 illustrates this using measurements
taken from a sample of American Oak

Figure 11: illustrates the principle of distribution of
force or load over as much of the member to be bent as
possible.
All the manuals on steam bending emphasize the value
of experience with the species and individual pieces of
timber to be bent. Reading the grain and knowing from
experience how far the particular member can be pushed
before there is an internal or external failure. The
anisotropic properties of timber mean that there will not
be a uniform rule or code but rather a range of
expectations that are determined by the timber sample,
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where it has been grown and how it has been sawn. The
same caveats apply to this device but the results we have
been obtaining have been surprisingly consistent
although the numbers of members tested in a controlled
trial are not yet statistically significant. It is clear
however that the grain and the feel of the piece seems to
favour the long fibred timbers over the shorter ones, so
timbers with typically high elasticity such as Karri,
American Oak and European beech deliver consistently
good results.
2.4 THE CONCEPTUAL
RESEARCH

BASIS

OF

THE

The rationale behind the original Shimmer chair project
was to explore and demonstrate the extraordinary
properties and characteristics of the Western Australian
native timbers. The aim was to show that the resource
could be used in high quality and high value designed
furniture in order the shift the paradigm of the furniture
and wood products industry that prevailed at the time.
The design was developed assuming a high level of
sophisticated machine use taken from digitally generated
files. While this part of the production process was
efficient, this particular design relied on a good deal of
manual labour to assemble all of the parts that were
generated and produced in a high tech environment. This
contrast of a demanding use of high tech machinery and
high labour costs in assembly conspired to make the
project unviable [after 2008] in the commercial field,
and led the proponents to hold the release of the design
until these issues could be resolved.
It was this contrast between the high level machine use
and the lengthy manual assembly time that framed the
ongoing research at Narrogin joinery.
Stan
Samulkiewicz determined to establish a more radical
change of use in the degree to which machinery and
automated processes are deployed in the making of
chairs.
Starting from the philosophical position that underpinned
the whole shimmer project of using less of the resource
to produce more product, the concept was developed on
a holistic plane. Stan Samulkeiwicz wanted to be less
reliant on machinery, less encumbered with high
powered tooling, less vulnerable to issues of safety at
work and to issues of noise and complex processes.
While this might be understood as a ‘green’ philosophy,
it is one that acknowledges the exigencies of the
complex market driven world in which we operate. With
the intelligent use of simple and efficient tooling, the aim
was to arrive at a production process - here orientated
towards furniture and timber products – that was safe,
fast and efficient in the use of the resource and in the use
of human and infrastructural energy.
A number of principles were established in response to a
critical appraisal of the processes used in the previous
project and typical of industry practice. With respect to
the bending of timber, these were the outcomes of this
appraisal:

•
•

•
•
•
•

•

•

Steam bending is dangerous: very high
temperatures are required in the ‘steam box’
and the components are hot to handle.
It is time critical in preparation of members to
be bent [pre-soaking to increase moisture
content which varies considerably from one
species to another]
It is time critical when in the steamer and when
taken from the steamer to the bending jig
Each different radius requires a different jig
[bending form] be made up for it
The timber is often stained when it is finally dry
The degree of spring back is substantial
requiring over bending which necessarily
stresses the timber more than actually required
and thus increases the risk of failure. Controlled
re-introduction to the ambient humidity
improves spring back outcomes but increases
substantially the time and handling required for
each piece or each batch of components.
The failure rate is very high: with high density
‘brittle’ timbers like Jarrah, the failure rate had
been well over 60 % in the Shimmer
production. Karri was less problematic but
failure of 30-40% is still too much.
The bent elements require re-finishing after
steaming.

With respect to design concept, these were the outcomes
of this appraisal:
•

•
•

Design should aim to use the least number of
components that is practical: this is the only
way to lower assembly time and cost if there is
less handling involved.
Using less timber to produce more products
means the timber must be used as efficiently as
possible for the structure being designed.
The timber components should all be similar in
dimension: this would lead to a more efficient
use of each piece of sawn timber and reduce the
need for multiple templates.

With respect to the heat only bending device, the
advantages are pitched directly at the criticism above:
•
•

•
•
•

The Device is housed within an enclosed frame:
the timber is never handled at the highest
temperature.
The process takes approximately 8 minutes on a
comparative scale for chair leg component
bending from start to finish. Multiple members
can be bent at once. It is not time critical
therefore there is no rush!
The device is dynamic and therefore can be
adjusted to different radii. No forms are
required
Since no moisture is used in the process, no
further finishing is required after bending
The degree of spring back is negligible
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•
•

The failure rate is negligible. The capability of
the timber and the limits to its flexibility must
be respected.
The process is all but silent. The air is clean and
multiple components can be bent at the same
time.

The outcome of this re-conceptualization of the process
in the workshop resulted in a chair that has 22
components, each of them bent to the same radius, and
with only two different pattern shapes. The outcome
with respect to the bending device is a new bending
device that appears to represent a new paradigm in
bending timber.
2.5 PROTOTYPES

Figure 12-1: Components ready for assembly

To begin to test the long term usability of the process,
two kinds of products have been experimented with. One
is a compound truss which uses a wave form web
between the two cords. The other is another lightweight
chair.
Over time, Narrogin Joinery has developed a design that
is much less dependent on sophisticated machining and
reduces to a minimum the number of parts that are
required to make the chair. This evolution addresses two
important factors that are critical in the original chair.
The reduction in the number of parts [less time in
assembly], and less time in cutting and machining [the
parts were simplified]. Each of the parts for the current
version of the chair is guillotined rather than cut from
templates or CNC routed, and each is curved to the same
radius and is then bent in blocks of 8 to 10 pieces at a
time. Thickness is kept to a minimum [8mm] but planar
depth is substituted, so the cross sectional area is in fact
slightly higher than the structural members of the
Shimmer chair. Each structural element comprises two
pieces of timber that are kept apart with wedges and held
together at the end points and at junction points. Each
element of the chair is bent. The primary structural
elements of the chair are assembled under a low level of
local tension. When the chair is sat on, the effect is of
loading a pre-stressed or pre-tensioned structure. This
chair is designed for another eucalyptus timber,
eucalyptus Nitens [Shining Gum] from Tasmania.
Shining Gum has a much lower density than either
Jarrah or Karri [it has a green density of 1050 and a dry
density of 700] but is proving suitable for this
application. The chair is designed to be shipped as a flat
pack element, and thus each of the pieces are bent to the
same radius.

Figure 12-2 Finished chair: Allocasuarina huegeliana

Figure 12-3 Bent components: Allocasuarina huegeliana
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3.0 CONCLUSIONS

ACKNOWLEDGEMENTS

The development of this bending device has evolved
over a period of six years, and has been based on
empirical research backed up by a sound base of
available scientific knowledge of the behaviour of the
primary timbers under study, Western Australian
eucalypts and acacias. Recently we have added in
European and north American species to establish
another benchmark of behaviours and to be able to
examine in detail the molecular structural change that
each timber species is undergoing in these processes.
The results of this element of the research should be
ready for presentation in Vienna in August. The process
appears to be sound and to deliver consistent results
much more efficiently that the conventional steam
bending process. Time bending timber has been reduced
dramatically, safety issues virtually eliminated, and
failure rates and spring back rates radically reduced.

Figures 1.1&2 Gary Marinko
Figures 3.1-3 & 4. Dr Ian Weir
Figures 5-11. Patrick Beale & Tobias Beale
Figures 12-14. Stanley Samulkeiwicz.

We have developed a protocol for establishing a
statistically significant case for proof and examination,
but this will require external funding support. While the
device has been used mainly for the production and
testing of components for furniture manufacture, other
more adventurous uses have been experimented with.
Figure ZZ is a sculpture by the artist Lorena Grant that
uses timber salvaged from felled peppermint trees at a
hospital site in the south west of Western Australia.

Figure 14: ‘Big Heeler’ Lorenna Grant Sculptor. Bunbury
District Hospital. Fabricator Narrogin Joinery.
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Mechanical properties of glulam produced from visually graded boards
Christophe Sigrist1, Martin Lehmann2
ABSTRACT: The quality and strength of the finished glulam (GL) product depend on many parameters: strength class
of individual boards composing GL, strength of finger joints, face gluing of the laminations and on the production
process itself comprising planning, pressing, curing and more. The product ranges from industrial, homogeneous low
strength glulam from visually graded timber to high strength glulam using inhomogeneous layups formed by machine
graded timber. The investigation presented here mainly deals with the strength properties of GL produced from visually
graded timber (maximum GL28) as most Swiss SME don’t operate industrial installations to machine grade the timber.
In order to optimise the work flow the saw millers and the producers of GL worked out a common process along the
production chain in order to become more competitive on the market.
The border conditions for the production of GL have changed substantially in the last years. The Construction Products
Regulation (CPR), the assessment of performance of the products brought on the market and the large number of
accompanying standards regulating the requirements for GL (EN 14080:2013) considerably affect Switzerland. Since
some years Switzerland uses DIN 4074-1:2008 to visually grade the boards. Docking unfavorably positioned spike and
edge knots during the production of glulam considerably increases the strength properties of the final product. Extensive
NDE evaluation and tension tests on boards as well as tests on full size glulam beams demonstrate that the actual
requirements regarding production and GL properties are fulfilled.
KEYWORDS: Strength and stiffness of glulam, board properties, production process, visual grading

1 INTRODUCTION 123
The border conditions for the production and usage of
wood and wood based products has changed
considerably in the past years. The Construction
Products Regulation (CPR), the assessment of
performance of the products brought on the market and
the large number of accompanying standards regulating
the requirements for GL as EN 14080:2013 [6]
considerably affect Switzerland. The goal of the
investigation was to demonstrate that the production of
glulam (GL) fulfils today’s tough requirements regarding
production
and
performance.
The
minimum
requirements for glued laminated timber are regulated
within EN 14080:2013 which is also valid in
Switzerland. For the production of GL boards are
needed. These boards should be produced from the local
resource and present the required quality regarding
strength, stiffness and density. To visually grade sawn
timber and boards the German grading standard DIN
4074:2008 [1] is applied. EN 1912:2012 [5] allows the
visual grades S7 (lowest visual grade), S10 and S13
1
Christophe Sigrist, Bern University of Applied Science BFH,
Department of Architecture, Wood and Civil Engineering
AHB, Switzerland, christophe.sigrist@bfh.ch
2
Martin Lehmann, Bern University of Applied Science BFH,
Department of Architecture, Wood and Civil Engineering
AHB, Switzerland, martin.lehmann@bfh.ch

(highest visual grade) obtained by this standard to be
attributed to the strength classes C18, C24 and C30. If
the boards are graded as joists the requirements of the Tclasses T11, T14 and T18 as to EN 14080 are fulfilled.
The mechanical properties of the glulam beam composed
by a defined sequence of layers depend directly from the
properties of the boards in the layer and the quality of
the finger joint when docking and joining the boards.
The six major glulam producers and the six most
important sawmills in Switzerland producing the boards
for glulam fabrication participated in the investigation.
In terms of provenance of the local resource entire
Switzerland is therefore covered and the entire
production chain represented. All producers of glulam
timber produce according to the state of the art and are
subjected to two yearly external audits in order to CEmark their products. The producers use exclusively or
large proportions of timber from the Swiss resource. If it
can be shown that:
•
•
•

the boards used for the fabrication of the glulam
fulfils the strength, stiffness and density
requirements according to EN 14080,
suitable compositions of cross sections are used,
the finger joints satisfy the requirements,

then the characteristic values for glulam according to
EN 14080 can be used. The investigation therefore
focused on two issues: the mechanical properties of the
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boards for glulam production and the resulting
mechanical properties of the glulam beams.
Next to testing board and beam material extensive NDE
investigations were carried out prior to testing in view of
eventual future combined mechanical grading and visual
grading or mechanical grading alone. The grading tools
were also used to control the visual strength grading. For
this reason three producers of grading machines took
also part in the research program.

2 METHOD
2.1 SAMPLING OF BOARDS
In order to control or to develop grading rules or
thresholds for strength classes the entire assortment
including reject as issuing from the sawmill had to be
investigated.

2.2 VISUAL GRADING
In a first step the grading criteria to grade picea abies
were applied and checked for the timber coming from
different growth areas in Switzerland. Only the one
standard cross-section was analysed so far, however data
from other research projects dealing with other crosssections are available. For all boards the most important
criteria according to the grading standard DIN 4074 were
recorded: single knots, knot clusters, average growth
ring increase and if the board contains the pith or not.
Other criteria according to this standard as compression
wood, global fibre deviation, bark etc. were rarely
observed and recorded if present. All parameters
recorded correspond to a very precise and detailed
laboratory grading which cannot be directly
implemented on industry level. For industry application
grading aids in form of posters were established at a later
stage. In order to confirm and / or check and in view of
establishing the link to the boards used for the glulam
production a multitude of NDE measurements were
carried out using portable hand tools as Timbergrader
(Brookhuis) and Silvatest (CTB) and the industrial
grading machines viscan+ and Goldeneye 702
(Microtec).
2.3 TESTING

Figure 1: Selected C30 boards in the tension zone of GL
beams compared to overall board stiffness

Every team consisting of one glulam producer and one
sawmill in general provided 600 boards (except for the
first team where over 3000 boards were delivered and
ananlysed) with a sawn cross section of 46/180 mm2 and
standard length varying from 4 to 5 m. Based on the
dynamic MOE estimated by NDE methods the boards
were separated into two identical lots. A first lot (~ 200
boards) was used for the precise visual and machine
grading and the subsequent tension test. A second lot (~
400 boards) was reserved to produce eight 12.0 m long
glulam beams with a finished section of 160/600 mm2 of
different strength classes which were then tested in
bending. Applying this procedure it can be assumed that
about identical board properties were available in both
cases. Figure 1 shows that the stiffness properties (NDE
measurements) of all measured boards, the boards used
for tension tests and the boards that were placed in the
critical tension zone of the glulam beam match quite
well.
According to the obtained yield in the three strength
classes indicated above distinct build ups / compositions
of the beams were defined. Next to machine grading of
the boards all the boards were numbered prior to the
production of the beams. With the information form the
tension tests and having “identical” material built into
the glulam beam a gapless flow of information from the
saw miller to the end product could be established.

The bending and tension tests were carried out in
accordance to EN 408:2010&A1:2012 [3]. In bending a
four point bending test was carried out and the local and
global MOE were determined. The modulus of shear was
calculated from the global and local deformation. At the
time when the project started EN 1194 [4] was still
applicable. In this standard the reference testing length
for boards was set to 2.0 m and correction factors for
other lengths were given. Due to this fact and as SIA
265/1 [10] also referred to this reference length the free
testing length of the boards was fixed to 2.0 m. This
slightly deviates from the required 9 x width of the board
according to EN 408 resulting in a free testing length of
1620 mm for the cross section (b = 180 mm) tested.
Testing 2.0 m long boards leads to slightly conservative
results for tensile strength for the board size investigated.
Systematic investigations on the influence of the testing
length on strength showed that a correction of about
+4% may be applied to adapt the test results. It is
recognized that this correction deviates from the rules
established in EN 384 [2]. Overall a total of 1130 boards
and 44 glulam beams have been tested.
2.4 REQUIREMENTS FROM THE STANDARD
Build-ups for glulam and requirements regarding the
board quality are given in EN 14080.
Table 1: Requirements for boards for the production of GL
according to EN 14080
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The required board properties are indicated in Table 1.
The minimum average tension modulus to be provided is
0.95 MOEmoy.
The resulting characteristic properties for strength and
stiffness of the resulting GL are indicated in Table 2.
The 5%-fractile of the MOE is obtained by multiplying
the average MOE by 0.85. The average shear modulus G
is 650 N/mm2 and the characteristic shear modulus is
540 N/mm2 for all strength classes. The strength class
GL36h (homogeneous) and GL36c (combined) are not
listed in EN 14080. The current version of SIA 265:2012
[9] still provides characteristic properties and design
values for this strength class. For this reason this special
product was also considered in the test series on GL.

grading aids were developed to efficiently grade the
timber during the production process. The rules
regarding the high strength boards were conserved
from WP1 whereas the grading rules for T14 boards
were slightly stricter. This was due to the fact that in
particular for T14 boards the required strength
properties could not be obtained. The grading of the
boards was carried out by factory staff in
collaboration with AHB staff.

Table 2: Required characteristic properties of tested GL
according to EN 14080, SIA 265 and SIA 265/1

2.5 GRADING OF BOARDS IN THE GLULAM
FACTORY
The investigations were carried out in three consecutive
work packages WP. After defined milestones the
procedure was pragmatically adapted from one step to
the next one based on the achieved results. To this
respect the results from the different work packages are
not directly comparable. Regarding the grading of the
boards at the glulam plant before composing the beam
the following procedure was undertaken:
•

•

•

WP1: boards without pith from the outer portion of
the trunk were attributed to the highest strength
class. Due to insufficient yield additional pith free
boards with only small knots from the inner part of
the trunk were also attributed to this strength class.
In addition to the grading criteria according to
DIN 4074 no spike knots or edge knots were
tolerated. Furthermore the size of the knots that
were positioned in the outer third of the board lead
to a downgrade (or docking) of the board. The result
of these actions was that in the outer portion (1/6-th
of the beam height) a defect free side view of the
timber was observed. The grading within that
package was carried out by AHB staff.
WP2: Tension tests on boards have shown that the
position of a board within the trunk (outer board,
inner board) could not be used as a primary grading
parameter. Therefor grading in this working package
followed the rules of DIN 4074 with the exception
of not tolerating spike knots and large edge knots in
the highest strength grade. The grading of the boards
was in this work package carried out by trained
grading specialists form the glulam company.
WP 3: Due to insufficient or very tight results from
WP2 the specified grading parameters according to
DIN 4074 were slightly adapted. Simple criteria and

Figure 2: Example of grading aid for the glulam producers to
grade T14 boards with a width of 180 mm

Experiences from previous tests indicate that particular
knot arrangements considerably influence the failure
mode and the strength of glulam beam. In agreement
with the glulam producers grading aids for all strength
classes were established to implement the newest
findings.
2.6 PRODUCTION OF GL
The 6 main glulam producers produced the specimen for
testing in their standard production line. The process was
organized in such a way that the position of every single
board within the finished beam was known. In
conjunction with the NDE measurements on single
boards the attribution of stiffness and strength class to
every individual board in the test sample is possible. The
beam layups were selected in consideration of
EN 14080, SIA 265 and SIA 265/1. Some resulting
layups are presented in Table 3.
In the first work package only the positions of the boards
in the outer layers of the tension zone were captured. For
the beams in the remaining work packages all board
positions were registered. Each beam was composed by
15 laminations. The boards forming the laminations were
numbered in order to know position and length of every
board and the number of dockings within the board.
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Table 3: Beam quality and selected layups of the test specimen

The italic number in Figure 3 (first row) indicates the
board number with known MOE and density from NDE
measurements and therefore the attribution of its visual
stress grade. Furthermore the stress grade attributed by
certified machine grading (which may be different from
the visual stress grade) is also known. Figure 3 shows a
combined layup of the stress grade GL28. According to
EN 14080 25% of the outer layers (here 4 laminations)
must present strength and stiffness properties of T18
boards.

Figure 3: Position of boards, stress grade and board sections
in the tension zone of the test specimen (here GL 28 combined)

The value in the second row corresponding to a specific
board represents the length of the board used for the
production of the lamination and therefore the distance
between the finger joints. Multiple appearance of
identical board numbers allows to determine how many
times a board was docked in order to eliminate excessive
defects. A single number means that the full length of
the board minus end docking was used. Lamination
No. 15 is the outermost lamination in the tension zone of
the beam. This precise representation allows the results
and failure modes (cause of failure, position of failure,
board quality, etc.) to be analysed and interpreted after
testing. In case of doubt selected laminations were cut
free after the test for further investigations.

3 RESULTS
3.1 RESULTS FROM BOARD TESTING
Over all 1330 boards issuing from the Swiss forests were
submitted to tension tests. The individual samples
provided by the 6 sawmills involved in the program
allow to represent todays situation for Switzerland as

most of the growing areas are covered. The average
tensile strength of all, ungraded boards only varies about
+/- 3 N/mm2 around the average when considering the
individual samples. Even smaller variations are noted
when comparing stiffness and density values.
Several countries use DIN 4074 to grade board material
for strength and apply the grading parameters as
indicated in this standard. It was noted that when grading
the timber according to this standard as “boards” the
required strength values stated in EN 14080 are not
reached. New investigations at Holzforschung München
HFM [7] re-assessed the results from more than 3000
boards from 14 sawmills tested in tension. About 26% of
the boards were from unknown sources. Next to board
sizes typically used in the glulam production also lattices
and small solid cross sections were tested. The results
from tests on smaller cross sections and the way how the
subsamples for the statistical evaluation are formed
considerably influence the results. The high values from
Germany have therefor to be considered with caution.
Table 4: Average properties for individual samples and
combined data over Switzerland (current project) and
comparison with average values from Germany (HFM)

In the Gradewood Projekt [8] new tests in tension and
bending were carried out on a European level.
Furthermore existing test results from various countries
were evaluated. With regard to the Swiss resource
around 450 boards from three sawmill also considered in
the CTI project were investigated. Additional cross
sections were tested completing the picture of usually
used board sizes for GL production in Switzerland.
Table 5: Comparison of board properties from the Gradewood
Project (GW) form Switzerland (CH), Europe (EU) and
Germany (D)

It can be seen from Table 5 that the average mechanical
properties of boards from the Swiss resource used for
glulam production are in line with the results from
European investigations. Again the comparable
properties from Germany considerably differ from Swiss
and European results.
3.2 RESULTS FROM BEAM TESTING
The stiffness requirements of all beams are fulfilled. The
bending strength of 28 N/mm2 of GL28c produced from
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visually graded timber (n=14), is reached in all but one
case. The problem in this case was a grading error. In the
case of GL24c+h three of the 24 beams that were tested
didn’t reach 24 N/mm2. Here again in two cases the
freshly adapted grading rules haven’t been implemented
yet.
This large research campaign indicates that the
requirements according to EN 14080 can be fulfilled
when producing homogeneous and combined glulam of
the strength class GL24 to GL28 from visually graded
Swiss timber. It also shows that the visual grading
remains an important and time consuming process. In
order to reach the required glulam properties the glulam
producers are encouraged to dock some additional
specific and critical defects in order to produce a safe
product for the construction market. In Tables 6 and 7
the maximum bending strength, the bending strength at
the location of failure as well as global and local MOE
values are indicated.

position of every board within the layup of the beam and
its quality expressed in density, dynamic MOE and
resulting strength class according to NDE measurements
(here Timbergrader) was known. In Table 9 the beam
layup in the tension of two bending tests are represented.
3.3.1 Board properties
Compared to all boards tested within this campaign the
subsample considered here as an example had an average
value of tensile strength that was approximately
3 N/mm2 lower than the average tensile strength of all
boards tested. In addition, the average value of MOE in
tension of 9900 N/mm2 was below the average of all the
tested boards (10900 N/mm2).
Table 8: Example of board properties and results from testing
of glulam beams for a selected team of saw mill / producer of
glulam

Table 6: Beam properties from testing GL24h (20 pc.) and GL
24c (4 pc.)

Table 7: Beam properties from testing GL24 (h and c
combined, 24 pc.) and GL 24c (14 pc.)

3.3 DISCUSSION OF SELECTED RESULTS
FROM BEAM TESTING
The following paragraphs show the detailed evaluation
that was conducted in this part of the project. The precise

The subsample of boards that was available for the
production of glulam shows rather low characteristic
values for strength class T14. The requirements with
regard to the lowest strength class T11 are not met. The
requirement with regard to the average MOE is fulfilled
except for the strength class T14. The boards of strength
class T18 have a tensile strength of around 21 N/mm2
(T21), which should lead to good values of the flexural
strength and flexural stiffness for GL28k. The
characteristic density in all cases is above the
requirements.
3.3.2 Beam No. GL28c-36
The tensile strength of the boards of strength class T18
tested in parallel is well above the requirements of
SNEN 14080. For the inner layers of the combined beam
T14 boards were used requiring no or little docking. For
these reasons, the characteristic flexural strength of
GL28c exceeded in all cases (GL28k-36 to 38) the
requirements as expected. The mean modulus of
elasticity of the boards in the tension zone however is
only around 10500-11000 N/mm2 as presented in
Table 9. If machine grading was used to grade the
subsample into three stress grades it must be noted that
in this case many boards would be clearly below the
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required C30 stress grade. Grading the boards into C24
and better guarantees at least a C24 strength class for all
laminations used in the tension zone in this case. This
explains the rather low (but sufficient) bending value of
the tested beam.
Table 9: Board numbers and attributed properties / stress
grades and their position in the lamination and in the tension
zone of two tested beams

3.3.3 Homogeneous and combined beams in GL24
For the beam GL24h-31 (built up presented in Fig. 10)
and GL24h-33 only T14 boards that required none or
only one saw cut to dock the knots were used. For the
beam GL24c-34 the same material was put in place in
the outer 4 laminations on the compression side, as well
as in the 2 outermost laminations on the tension side.
The laminations of layer 3 and 4 on the tension side were
made of boards of strength class T14 (visually graded)
produced by multiple docking of single knots and knot
clusters. According to the tensile strength obtained from
tension testing of the equivalent T14 subsample as
presented in Table 8 the strength of GL24 should be
achieved. This was the case for beams No. 33 and 34.
Beam number GL24h-31 however clearly did not reach
the characteristic value for this strength class. The beam
was made of "good" T14 boards and had comparatively
few docking positions. The visual grading of the boards
was accurate as the subsequent separation of the test
specimen showed. The low strength of 22.6 N/mm2
cannot be explained by visual parameters. The boards in
the tension zone, however, have an average modulus of
elasticity of less than 10,000 N/mm2, which leads to low
grades. This is confirmed by the machine grading
(timber grader control measurement, Table 9) which
explains the low tensile strength of the beam.

4 CONCLUSIONS
The grading standard DIN 4074-1 is applied in
Switzerland to visually grade boards to manufacture
glulam. Therefor all subsamples that were reserved for
tension tests were graded according to this standard
(laboratory grading). The most critical grading
parameters as single knots (DEB), not clusters (DAB),
average growth ring increase (JRB) and the presence or
not of the pith were recorded. Other parameters
according to DIN 4074-1 where recorded if present.
Tension tests on boards with a free testing length of 2 m
were carried out in order to determine MOE and MOR in
tension. In additional investigations on matched board
samples (Figure 4) it was shown that the tensile strength
can be increased by around 4% in order to take into
account the slightly lager testing length compared to the
regulations according to EN 408 where a free testing
length of 9B = 1.62 m is requested.

Figure 4: Influence of testing length on tensile strength
(parallel investigation)

The results from tension testing were evaluated for each
sawmill individually and for the overall population.
Considering the combined set of data (all tested boards)
it can be shown that the requirements regarding strength,
stiffness and density are reached. In combination with
the specified characteristic bending strength of the finger
joints the required glulam strength in bending according
to the strength model form EN 14080 is obtained.
Bending test on reference beams (L = 12 m, b = 160 mm,
h = 600 mm) composed by boards of “identical”
distribution of properties achieved by initial NDE
measurements and sorting according to the dynamic
MOE value were also carried out. It was observed that in
particular for the beams of strength class GL28 specific
knot positions and types of knots substantially influence
the strength of the glulam beam. The analysis and
evaluation of tests from tension testing on boards and
bending testing of beams lead to the definition of critical
knots, knot sizes and knot positions to be considered by
the grading staff in the glulam plant when producing the
beams. Grading aids were developed to simplify the
demanding and fast grading of boards during
manufacture.
Eccentrically positioned single knots or knot clusters,
large edge and spike knots have to be considered in
addition to the knot parameters according to DIN 4074-1
and have to be docked when producing GL28. The
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consequence is that on beams of strength class GL28 a
mainly defect free side view of the boards in the tension
zone appears (at least on the outer portion as the inner
laminations may be produced from T14 boards in
combined built ups). If T14 boards are graded in a
slightly stricter way compared to DIN 4074-1 (docking
of the defect in case of doubt or if close to the grading
limit) the required strength is reached. As a matter of
fact only a small adaptation of the maximum size of a
knot cluster would be required to reach the same result.
Regarding the limitation of growth ring increase a limit
of 6 to 8 mm has to be considered to eliminate boards of
very low density. Based on the current analysis and
results it is not allowed to use boards presenting the pith
within the cross section in the highest strength class of
glulam.

shown in Figure 2 haven’t been implemented yet. The
following conclusions may be drawn from Figure 6:
•

The bending strength of the beams of stress grade
GL28k from visually graded boards is well above
the requirements according EN 14080 when the
timber is graded correctly. In most cases a bending
strength of more than 35 N/mm2 is reached. The
average bending strength is 36.6 N/mm2 with a
coefficient of variation of 18%. The average value
of MOE in bending corresponds with 12’500 N/mm2
exactly to the requirements of the standard and has a
coefficient of variation of 7%.

spike knot
Figure 6: Bending strength in function of the bending stiffness
of glulam of various strength classes, produced from visually
graded (n=36) and machine graded (control, n=8) boards

•

large edge knot

•

lateral / eccentric knot
Figure 5: Critical defects to be considered in addition to the
grading rules according to DIN 4074-1

The strength requirements of 28 N/mm2 of GL28 beams
were reached in all but one case. A large edge knot lead
to an unexpected and early failure of the beam. In this
case the grading aids for factory grading were not yet
communicated and such failures / low strength beams
can be avoided in the future if the new grading
requirements are duly considered during the manufacture
of the beams. In the case of GL24c+h beams, also
produced from visually graded boards, three of the 24
beams that were tested didn’t reach 24 N/mm2. Here
again in two cases the freshly adapted grading rules as

•

The bending strength of the homogenous beams of
stress grade GL24h from visually graded boards is
well above the requirements according EN 14080
when the timber is graded correctly. In most cases a
bending strength of more than 25 N/mm2 is reached.
The average bending strength is 29.7 N/mm2 with a
coefficient of variation of 18%. The average value
of MOE in bending of 11’900 N/mm2 just
corresponds to the requirements of the standard and
has a coefficient of variation of 7%.
The bending strength of the beams of stress grade
GL24c with combined layups from visually graded
boards just reaches the requirements from
EN 14080. Only in few cases a bending strength of
more than 25 N/mm2 is reached. The average
bending strength is 27.4 N/mm2 with a coefficient of
variation of 14%. The average value of MOE in
bending of 10’900 N/mm2 just corresponds to the
requirements of the standard and has a coefficient of
variation of 5%.
When applying machine grading to grade the boards
a very precise gradation of the bending strength and
a much narrower spread of results regarding strength
are obtained as shown in Figure 6. The strength
properties for the different strength classes
according to the standards lie just little above the
requirements. Compared to the strength and stiffness
properties of beams produced from visually graded
boards the classification into classes is very precise
when using machine graded boards and the
dispersion of the results is much smaller. The
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maximum strength values of beams produced from
machine graded boards however is considerably
lower than when using visually graded boards for
the production of glulam.
The investigation presented here clearly indicates that
glulam for strength class GL24 and GL28 can be
produced from visually graded boards. Glulam GL28h
(homogenous built up) was not tested within this
investigation. Based on the T18 board properties and the
results form testing GL28c beams the requirements of
the standards regarding this strength class should be
reached without problem. The prime requirement is that
good quality boards are delivered to the glulam producer
in a first step.
The investigations also show how critical the grading of
timber in the glulam fabrication is. The grading standard
DIN 4074-1 can be used for the visual grading of boards
for glulam fabrication. However in order to reach the
stiffness and in particular the strength requirements
according to the newest standards specific knot
arrangements and positions have to be considered in
addition to the grading rules given in DIN 4074-1 which
has to be implemented within the fabrication process in
the glulam plant. Grading aids as posters or timber
samples at the grading station support and simplify the
grading work in the factory. If defects and in particular
knots which are close to the grading limits are docked
more “generously” (knowing of course that this results in
lower yield and eventually more finger joints) the
strength properties of the resulting glulam beam are
considerably improved. To visually grade timber is and
remains difficult and time consuming. Many
accompanying NDE measurements using complex
machinery as well as simple and light grading tools show
that the mechanical properties of Swiss timber are good
and sufficient to produce glulam of the required quality,
strength and stiffness. In particular light and simple
mechanical grading tools (which may also be mounted in
the production line) may be a possible alternative to
replace tiring visual grading.
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DETERMINATION OF ELASTIC CONSTANTS FOR ANATOLIAN
BLACK PINE WOOD USING ULTRASOUND
Ergün Güntekin1, Tuğba Yılmaz Aydın2

ABSTRACT: This study investigates elastic constants of Anatolian black pine (Pinus nigra Arn. subsp. pallasiana
(Lamb.) Holmboe) by means of ultrasonic waves. Three Young’s modulus, three shear modulus and six Poisson ratios
were determined at constant moisture content. Three longitudinal and six shear wave velocities propagating along the
principal axes of anisotropy, and additionally, three quasi-shear wave velocities at 45 ° angle with respect to the principal
axes of anisotropy were measured using EPOCH 650 ultrasonic flaw detector. The measured average wave velocities for
the sapwood in L, R, T directions were 4454, 1982 and 1036 m/s, respectively. The predicted average modulus of elasticity
values in L, R, T directions were 8765, 1339 and 374 N/mm2, respectively. Poisson ratios varied between 0.033 and 0.93.
Shear modulus calculated from shear waves in LR, LT and RT planes were 743, 527 and 159 N/mm2, respectively.
Compression test are also being conducted in order to determine elastic constants. Comparing with calculated values, the
predicted Young’s modulus in the principle directions are similar. The average shear modulus calculated from
compression tests in LR planes is 786 N/mm2. Poisson ratios seem to be acceptable although there are higher differences.
Preliminary results indicate that ultrasound can be used in determination of elastic constants for black pine.
KEYWORDS: Anatolian black pine, elastic constants, ultrasound

1 INTRODUCTION 123
Elastic properties in the three principal directions are
important in the design of wood members in structures
and used to characterize materials. In general, there are
many physical parameters that may affect the elastic
properties, such as the moisture content (MC), specific
gravity, temperature, creep, knots, number of annual
growth rings, and grain angle. Interest in the orthotropic
behavior of wood is not new, but elastic constants in the
R and T directions remains unrevealed for most wood
species. The usable data is limited to a few references,
while elastic properties for some wood species have also
been reported [1].
While the ultrasonic technique is expected to be
dependable to predict the elastic and shear modulus, its
reliability to measure the Poisson’s ratios remains
uncertain. Use of non-destructive testing (NDT) and nondestructive evaluation (NDE) in the field of wood and
wood-based materials is advancing every day.
Ultrasonic wave velocity has advantages over other
techniques in practical terms [2]. Determination of the
ultrasonic modulus of elasticity in a solid depends on its
elastic properties and its density [3]. The velocity of sound
1Department

of Forest Products Engineering, Suleyman
Demirel of University, Isparta, Turkey,
ergunguntekin@sdu.edu.tr

in wood is influenced by factors such as MC, grain
orientation, density, decay, temperature, and geometry
[4].
Investigations using ultrasound on fibrous materials,
including wood, have been carried out since the 1980’s
for the use of Christoffel’s equations to determine the
elastic constants [5, 6]. Ozyhar et al. [7] used 8, 10 and 12
mm cubic samples in order to evaluate wave velocities
while Vazquez et al. [6] utilized polyhedral specimen
which allows determination of all elastic constants from a
single specimen.
Information on the elastic properties of wood in the
orthotropic directions is not available for the majority of
Turkish species. Most studies deal with bending modulus
of elasticity (MOE) and bending, tensile, and compression
strength at constant MC. Although data are needed for
three-dimensional modeling of mechanical behavior, no
information is available for this purpose. In this study,
elastic constants for Anatolian black pine is determined
by non-destructive testing under constant moisture
conditions.

2Department of Forest Products Engineering, Suleyman
Demirel University, Isparta, Turkey, tugbayilmaz@sdu.edu.tr
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2 MATERIALS and METHODS
2.1 MATERIALS
For this study, the sample trees were harvested from a red
pine-black pine mixed stand in the Sutculer Forest Region
of the Southwest of Turkey. Anatolian black pine covers
the second largest area (2 2040 381 ha) among conifers
grown in Turkey. The wood of black pine is important raw
material for various fields of forest industry and
construction.

measured using EPOCH 650 ultrasonic flaw detector. The
longitudinal wave frequency was 2.25 MHz (Figure 3),
and the transversal (shear) wave frequency was 1 MHz
(Figure 4). Two Olympus A133S-RM contact transducers
for longitudinal waves and two Olympus V153-RM
contact transducers for transversal waves were used to
carry out the measurements. To ensure coupling between
the specimen and the sensors during measurements, a gel
medium was applied. A small pressure by hand was also
applied.

The logs were 57 to 70 cm in diameter at breast height.
All the samples came from the trunk section 1 to 3 meters
from the ground level. First, radial or tangential planks
were sawn and planed from the logs. Then, small clear
samples were cut. The dimension of the samples (Figure
1) were 20 x 20 x 20 mm for the ultrasonic measurements.
20 x 20 x 60 mm samples were also prepared in L, R, T
and 45 ° angle with respect to the principal axes of
anisotropy in order to obtain elastic constants from static
testing (Figure 2).

Figure 3. Measurement of longitudinal waves.

Figure 1. Samples used in the study.

Figure 4. Measurement of shear waves.

Figure 2. Compression test samples prepared for the
study.
2.2 METHODS
All the specimens were conditioned at 21 °C and relative
humidity of 65 %. Apparent densities of the samples were
determined using stereo-metric method which is based on
measurements of the sample volume and mass.
Three longitudinal and six shear wave velocities
propagating along the principal axes of anisotropy, and
additionally, three quasi-shear wave velocities at 45 °
angle with respect to the principal axes of anisotropy were

The orthotropic elastic behavior of wood can be described
by Hooke’s three-dimensional law of elasticity and is
expressed by its compliance matrix (Sij). The compliance
matrix consists of twelve constants which nine are
independent; three modulus elasticity or Young’s
modulus (EL, ER, ET), three modulus of rigidity (GLR, GLT,
GRT) and six Poisson’s ratios (three of them are
independent; ʋLR, ʋLT, ʋRT). Stiffness matrix, C, was
determined based on the velocities and by using the
Christoffel tensor [5].

(1)
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Where the terms of the main diagonal were defined as
follows:
C11 = CLL = ρ VLL2 10-6
(2)
C22 = CRR = ρ VRR2 10-6
(3)
C33 = CTT = ρ VTT2 10-6
(4)
C44 = CRT = ρ ((VRT + VTR) / 2)2 10-6
(5)
C55 = CLT = ρ ((VLT + VTL) / 2)2 10-6
(6)
C66 = CRL = ρ ((VRL + VLR) / 2)2 10-6
(7)
(C12 + C66) n1 n2 = √ (C11 n12 + C66 n22 - ρ Vα2 10-6) (C66
n12 + C22 n22 - ρ Vα2 10-6)
(8)
(C23 + C44) n1 n2 = √ (C22 n12 + C44 n22 - ρ Vα2 10-6) (C44
n12 + C33 n22 - ρ Vα2 10-6)
(9)
(C13 + C55) n1 n2 = √ (C11 n12 + C55 n22 - ρ Vα2 10-6) (C55
n12 + C33 n22 - ρ Vα2 10-6)
(10)

Where; ɛi represents the active strain component in the
load direction and ɛj is the passive (lateral) strain
component, which was determined in the linear elastic
range from the linear regression of the passive–active
strain diagram.
Shear modulus of the specimens with 45 ° angle in planes
LR, LT and RT was determined using the following:
𝐺𝑥𝑦 =

𝜎𝑦′
2 (𝑒𝑥′ −𝑒𝑦′ )

(15)

Where:
σy’ = average horizontal stress,
εx’ = average vertical strain,
εy’ = average horizontal strain.

Where ρ (kg m-3) is the density of the wood, Vα (m s -1) is
the wave velocity in the α direction (quasi-transverse
shear waves) and Cij are the terms of the main diagonal in
the matrix. n1, = cos α, n2 = sin α, α = 45° for all of the
equations.
Since the stiffness matrix C is the inverse of the
compliance matrix S,
C-1 = S

(11)

The coefficients of the stiffness matrix are related to the
elastic constants expressed in the terms of the compliance
matrix:

Figure 5. Compression tests.

3 RESULTS
Average density of the samples tested was 530 kg m-3, and
the average moisture content at 65 % relative humidity
and 21 °C was 11.75 %. In comparison to available
literature references at 12 % MC, the measured density
values are comparable.
(12)
Where Ei are the Young’s modulus, Gij are the Shear
modulus and ʋij are the Poisson’s ratios [8].

Average stress strain curves used to calculate Young’s
modulus of the specimens tested is presented in Figure 6.

Compression tests were conducted on 20 x 20 x 60 mm
specimens using biaxial extensometer in order to
determine elastic constants (Figure 5). The stress-strain
curves obtained were used in order to evaluate Young’s
moduli of the specimens. The Young’s modulus was
calculated from the ratio of the stress σ to the strain ɛ
measured in the linear elastic range:
Ei =

∆𝜎𝑖
∆𝜀𝑖

=

𝜎𝑖,2 −𝜎𝑖,1
𝜀𝑖,2 −𝜀𝑖,1

i ∈ L, R, T

(13)

The Poison’s ratio ʋ, defined as
ʋij =

-

𝜀𝑖
𝜀𝑗

, i, j ∈ L, R, T and i ≠ j,

(14)

Figure 6. Average stress-stress curve in L, R, T directions.
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Poisson’s ratios were calculated from the linear regimes
of the vertical and horizontal strain graphs as shown in
Figure 7.

softwood species grown in Chile [10] and for Pinus taeda
[11] were also reported in the literature.
The wave velocities in the longitudinal direction are the
highest and range from 3050 to 6100 m/s for the clear
small wood specimens with a moisture content of 9-15 %
as reported by Gerhards [12]. The sound velocities in
radial and tangential direction are usually around a third
of the longitudinal wave velocity, with the radial direction
showing slightly higher velocities than the tangential
direction [13]. Radial velocity is approximately 50%
higher than tangential velocity [14].
This is due to the fact that fibres and tracheid are aligned
mostly in the longitudinal direction while the wood rays
in radial direction. No anatomical elements presents in the
tangential direction. In addition, the annual rings behave
as a barrier for elastic wave propagation resulting in
reduced wave velocity [15].

Figure 7. Example of stain graphs.
Average values for sound velocity of the specimens tested
are presented in Tables 1, 2 and 3. In general, the results
indicate clear differences between the VLL along the
principal directions (VLL > VRR> VTT.
Table 1: Longitudinal wave velocities for black pine

Direction
VLL
VRR
VTT
1
[5]
2
[9]

Longitudinal
wave (m/s)
4454 (2)
1973 (13)
1036 (8)

Softwoods1
5000-6000
1580-2330
1146-1990

Calabrian
pine2
5045
2261
1651

Table 2: Shear wave velocities for black pine

Direction
VRT
VLT
VLR
1
[5]

shear wave
(m/s)
547 (19)
977 (6)
1184 (8)

Softwoods1
298-600
1030-1660
1050-1630

Table 3: Quasi shear wave velocities for black pine

Direction
VLR/LR
VLT/LT
VRT /RT

Sound velocity is affected by several factors such as
moisture content, microscopic structure and grain angle.
There is a contradiction in the literature on whether SV is
correlated with wood density or not. Some authors [11,
16, 17] identified that there is no relationship between
density and velocity while others [4, 10] reported positive
relationship of density and velocity. Some authors [16,
18] claimed that velocity is related to the micro-fibrilar
angle while Gerhards [12] and Beall [14] pointed out that
grain angle has major impact on the sound velocity.
The EL, ER and ET values calculated from sound velocities
are 8765, 1339, 374 N/mm2, respectively. Preliminary
test results from static testing show that the average
Young’s modulus in principal directions are 8534, 1386
and 444 N/mm2, respectively. Full elastic constants for
Black pine grown in Turkey is not available. The only
investigated elastic property available is modulus of
elasticity (MOE) in bending and it varies between 6000 to
11000 N/mm2 depending upon the geographic region.
Shear modulus determined from shear velocities in LR,
LT and RT planes are 743, 527 and 159 N/mm2,
respectively. Average shear modulus in LR planes
calculated from compression test is 786 N/mm2. Elastic
ratios are listed and compared with some pine species in
Table 4.
Table 4: Elastic ratios

Quasi-shear
wave (m/s)
1580 (12)
1232 (15)
696 (18)

Species
Ultrasound
Compression
Pine1
Scots pine2

The sound velocity in L direction found for Black pine is
lower than average sound velocities reported for softwood
species. Sound velocities are similar in perpendicular
directions (Table 1). Lower sound velocities for two

1
2

[1]
[19]

GLR/EL
0.085
0.092
0.0490.138
0.140

GLT/EL
0.062
0.0460.115
0.141

GRT/EL
0.018
0.005-019
0.078
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According to Bucur [5] the ultrasonic values of Young’s
modulus, EL, are slightly higher than the corresponding
static measured moduli, under compression. It is known
that dynamically determined elastic properties are 1020% (or even more, depending on the frequency of
ultrasonic waves) increased compared with statically
calculated values [20].
Poison’s ratios determined from ultrasonic testing and
compression test are listed in Table 5 and compared with
available literature.

Table 5: Predicted Poisson’s ratios

ʋLR

ʋLT

ʋRT

ʋTR

0.501
0.77
0.93
0.26
0.682
0.74
0.64
0.65
0.353
0.36
0.42
0.34
0.394
0.61
1.132
0.79
0.375
0.50
0.67
0.33
1
Predicted by ultrasound
2
Calculated from compression tests
3
Average values for softwoods [1]
4
Spanish Scots pine [19]
5
[8]

ʋRL

0.077
0.061
0.053
0.107
0.04

ʋTL

0.033
0.065
0.037
0.068
0.03

Some of the Poisson’s ratios predicted using ultrasound
seem extreme. Similar results also reported by Bucur [5]
and Ozyhar et al. [7]. There is no reasonable explanation
for the extreme Poisson’s ratios. However, it should be
noted that perfect elastic orthotropic symmetry
assumption for wood may not be fully satisfied.
Contradictory results may be due to the sample source.
Reasonable results were obtained using ultrasound on
polyhedron samples for some wood species grown in
Brazil [6, 21].

4 CONCLUSIONS
There is no standard test method to determine elastic
constants of wood material. Results are different
depending on the method, size and shape of the samples
used. While the ultrasonic technique is expected to be
dependable to predict the elastic and shear modulus, its
reliability to measure the Poisson’s ratios remains
uncertain. Static test results approve that Young’s
modulus in three principal direction can be predicted
using ultrasound. Ultrasound may not be appropriate
method to determine Poisson’s ratios if the sound
velocities to be obtained from different specimens. The
calculated constants should be approved with static tests.
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EFFECTIVENESS OF SEVERAL NDE TECHNOLOGIES IN DETECTING
MOISTURE POCKETS AND ARTIFICIAL DEFECTS IN SAWN TIMBER
AND GLULAM
James P. Wacker1, C. Adam Senalik 2, Xiping Wang3, Frank Jalinoos4
ABSTRACT: Several nondestructive evaluation (NDE) technologies were studied to determine their efficacy as scanning
devices to detect internal moisture and artificial decay pockets. Large bridge-sized test specimens, including sawn timber
and glued-laminated timber members, were fabricated with various internal defects. NDE Technologies evaluated in this
research were ground penetrating radar (GPR), microwave scanning, ultrasonic pulse velocity, ultrasonic shear wave
tomography, and impact echo methods. Each NDE technology was used to evaluate a set of seven test specimens over a
2-day period and then raw data scans were processed into two-dimensional, internal defect maps. Several parameters
were compared including the relative size, orientation, and moisture conditions of the internal defect. GPR was the most
promising NDE technology and is currently being more rigorously evaluated within the laboratory. The study results will
be useful in the further development of a reliable NDE scanning technique that can be utilized to inspect the primary
structural components in historic covered timber bridges.
KEYWORDS: inspection, timber bridge, nondestructive, internal decay, moisture pockets

1 INTRODUCTION 123

evaluated.The most promising NDE technology will then
be selected for more rigorous evaluation within the
laboratory setting. This study represents an initial step
towards the further development of a user-friendly and
more reliable NDE scanning device that can be utilized to
inspect the primary structural components in historic
covered bridge truss structures and for routine inspection
of highway bridges.

Bridge engineers are assigned the difficult task of
assessing the integrity and safe load-carrying capacity of
highway bridges in the United States. This task becomes
even more challenging in the case of historic covered
timber bridges due to the multitude of members and
connections involved. Most inspectors are not adequately
trained for evaluating timber bridge structures and
typically tend to be overly conservative in their
assessments. When relying solely on visual inspection
techniques, many signature indicators of internal decay
and/or deterioration in timber bridge components are
misinterpreted. Several advanced nondestructive tools are
available in the marketplace to supplement visual
inspection data, but most require complicated data
interpretation, which limits their use within routine bridge
inspections. In recent years, computer data processing
algorithms are increasingly capable of assembling
multiple linear data scans into 2D and 3D mapping of
internal defects. This will undoubtedly help newer
scanning-type nondestructive inspection tools achieve
more widespread acceptance by bridge inspectors. The
aim of this study is to evaluate several NDE inspection
technologies for their effectiveness in detecting moisture
pockets and/or decayed zones in large bridge-sized test
specimens. The ability to penetrate through an asphalt
layer and still achieve good object resolution will also be

Current timber bridge inspectors utilize a toolbox of NDE
techniques to collectively quantify the internal integrity of
structural timber components. These NDE techniques
typically include moisture meters, stress-wave timers, and
resistance micro-drilling devices [1, 2]. Moisture meters
are useful for accurately measuring the moisture content
at a single member location and pin penetration depth.
Stress wave through-transmission measurements,
collected with a perpendicular-to-grain orientation, are
capable of detecting internal defects but their relative size
within the member cross-section is not always evident.
Resistance micro-drilling devices effectively measure the
relative size of an internal defect via true scale relative
density plots.
However, these conventional NDE
techniques often require repetitive testing, and access to
both opposing member sides, in order to evaluate a single
bridge member which can be a time-consuming

1
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Madison, WI 53726. jwacker@fs.fed.us
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C. Adam Senalik, USDA Forest Products Laboratory,
Madison, WI 53726. christopherasenalik@fs.fed.us
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Xiping Wang, USDA Forest Products Laboratory, Madison,
WI 53726. xwang@fs.fed.us
4
Frank Jalinoos, U.S. Federal Highway Administration,
McLean, VA 22101. frank.jalinoos@dot.gov
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endeavour. These factors have prevented current NDE
tools from achieving wider acceptance by inspectors for
routine timber bridge inspections.
NDE technologies are increasingly being studied for
timber bridge inspection, as they can often rapidly scan
bridge members using multiple linear datasets.
Electromagnetic (EM) and mechanical wave methods
were comparatively evaluated with various advantages
and limitations [3].
Infrared thermography (IRT) can effectively be used for
detecting areas of elevated moisture due to its
temperature- sensitive imaging capabilities. Passive IRT
inspection relies on ambient temperature fluctuations
while active inspection uses a heat source on the bridge
members. IRT can be used for decay detection in timber
bridge-sized members, but it cannot penetrate deeply into
wood members in a reliable manner. Therefore, it has
been primarily used for quantifying near-surface wood
characteristics such as moisture and chemical
concentrations [4].

scanning by electromagnetic wave-based techniques.
Details on each set of test specimens are provided in the
following sections.
3.1 Sawn Lumber Beams
Sawn lumber beam specimens were fabricated to a
finished size of 140 x 337 x 914 mm. Specimen FPL-1
included a total of five uniformly spaced through-bored
holes of increasing diameter, orientated parallel to the
beam depth and aligned with the neutral axis (Figure 1).
Specimen FPL-2 included a series of 5 through-bored
holes which were orientated at oblique angles to the beam
depth and width (Figure 2). Specimen FPL-3 included a
total of five uniformly spaced through-bored holes of
increasing diameter, orientated parallel to the beam width
(Figure 3). The row of bored holes was offset from the
neutral axis so defects could be inspected from both sides
at either a shallow or a deep penetration depth.

Microwave inspection of wood has been investigated for
assessment of material density, moisture content, and
grain angle in automated lumber grading systems [5].
Since EM waves are sensitive to the presence of moisture,
it has been suggested that microwave techniques have
significant potential for detecting decay in historical
timber structures
Ground penetrating radar (GPR) is another EM wave tool
used for a variety of inspection purposes, including
concrete and masonry structures, paved and unpaved
roads, ground imaging, archeological sites, and icecovered areas. Currently available commercial GPR units
are simple to use and provide near instantaneous and
easily interpreted inspection data. A recent bridge
inspection found that GPR was a reliable method for
locating internal defects such as piping and rot in timber
girders as large as 425mm diameter [6]. The GPR results
in the study closely correlated to defect locations
identified through forensic analyses of the wood girders.

Figure 1: Specimen FPL-1 sawn lumber beam with defects
through depth.

3 TEST SPECIMENS
The test specimens used in this study were manufactured
from the Douglas fir species. Prior to laboratory
inspection, all test specimens were equilibrated to
controlled conditions equivalent to a fifteen percent
moisture content. Specimens were large sized to be
representative of typical timber bridge members. Beam
specimens were manufactured from sawn lumber and
glued laminated timber components. A single deck
specimen was manufactured from glued laminated timber
panels. Internal defects were introduced by through-hole
borings of varying diameters. Internal decay pockets
were either air-filled or had moist sawdust packed into the
bored holes. Plywood side plates concealed the location
and size of bored-hole defects from all inspectors. In most
cases, solid wood blocking was attached to the specimen
ends in an effort to minimize boundary effects during

Figure 2: Specimen FPL-2 sawn lumber beam with angled
defects.

Figure 3: Specimen FPL-3 sawn lumber beam with defects
through width and offset from beam neutral axis.
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3.2 Glulam Beams

3.3 Asphalt Covered Glulam Deck

Glued-laminated timber (glulam) beams were fabricated
to a finished size of 273 x 343 x 914 mm. Specimen FPL4 included a total of five uniformly spaced through-bored
holes of increasing diameter that were orientated
perpendicular to the glue lines but aligned with the neutral
axis (Figure 4). Specimen FPL-5 included a series of 5
through-bored holes which were orientated at oblique
angles to the beam depth and width (Figure 5). Specimen
FPL-6 included a total of five uniformly spaced throughbored holes of increasing diameter and were orientated
parallel to the glue lines (Figure 6). The row of throughbored holes was offset from the member neutral axis so
that the defects could be inspected from both sides at
either a shallow or a deep penetration depth.

A single deck specimen was fabricated with a glulam
panel measuring 610 x 191 x 914mm (Figure 7). It also
had an asphalt overlay measuring 76mm deep installed
following typical construction practice. A series of three
uniformly spaced bore holes of increasing diameters were
aligned along the mid-depth of the glulam deck. This
specimen allowed for top-down inspection through the
asphalt as would be required for a timber bridge deck,
especially longitudinal “slab-type” systems.

Figure 4: Specimen FPL-4 glulam beam.

Figure 7: Specimen FPL-7 glulam deck panel with 76mm
asphalt overlay. Side forms are to conceal defect locations.

4 INSPECTION METHODOLOGY
4.1 NDE Scanning Technologies Employed
Table 1 summarizes the NDE technologies employed in
this research project to inspect several timber bridge-sized
specimens. They included microwave scanners, ground
penetrating radar, ultrasonic shear wave tomography,
ultrasonic pulse velocity, and impact echo methods.
Table 1: NDE technologies used for inspecting test specimens.
Figure 5: Specimen FPL-5 glulam beam.

NDE Technology

Frequency

Company

Microwave-A
Microwave-B
Ground penetrating radar-A
Ground penetrating radar-B
Ultrasonic shear wave
Ultrasonic pulse velocity
Impact echo scanner

2.75 GHz
10 GHz
2 GHz
2 GHz
20-100 kHz
50 kHz
2-20 kHz

-Evisive
GSSI
IDS
MIRA
Olson
Olson

4.2 Test Procedures

Figure 6: Specimen FPL-6 glulam beam.

A series of inspection trials was independently conducted
at the Forest Products Laboratory during the summer of
2014. Inspectors were NDE industry practitioners or
academic researchers with no prior knowledge of the
internal defect locations and there were no external
indicators of deterioration on the specimens. Each
investigation was scheduled separately and involved the
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use of one or more NDE technologies to evaluate all seven
test specimens within a 2-day inspection timeframe (See
Figures 8-12). All NDE investigations were conducted in
identical environment conditions controlled at 21 degrees
Celsius and 65 percent relative humidity. Approximately
24 hours prior to NDE evaluation work commenced, a few
specimens had saw dust and moisture packed into the
bored hole artificial defects. With exception of ultrasonic
pulse velocity measurements, none of the other NDE
technologies required any coupling agent during testing.
After data scanning was completed, each investigator was
asked to prepare a detailed inspection report and to postprocess their datasets into two dimensional internal defect
maps.

Comparisons to the actual test specimen defect locations
yielded the resolution and accuracy of each NDE
technique. As mentioned previously, some specimens had
wet sawdust compacted into the drilled holes prior to each
of the NDE testing scenarios. This tested the ability of
these techniques to detect internal moisture pockets.

5 INSPECTION RESULTS
The results were evaluated based on the NDE
technologies’ ability to estimate the location, size, and
orientation of the internal defects or moisture pockets in a
given timber specimen. A variety of post-processing
software methods were utilized by each inspector, after
testing was completed, in order to provide an optimal twodimensional mapping of the internal defect locations.

Figure 10: Inspecting specimen FPL-7 with a 2GHz handheld
ground penetrating radar (GPR) antennae.

Figure 8: Inspecting specimen FPL-4 with a 2.75 GHz
microwave antennae mounted on an automated test frame.

Figure 11: Inspecting a specimen with ultrasonic shear wave
tomography device.

Figure 9: Inspecting specimen FPL-1 with a 10 GHz
microwave antennae mounted on an automated test frame.

Figure 12: Inspecting specimen FPL-3 with handheld impact
echo scanning device.
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5.1 Microwave-A

5.3 GPR-A

The resulting 2-D defect map resulting from the 2.75 GHz
microwave device is presented in Figure 13. In this
testing, specimens FPL-1 and FPL-2 were positioned endend, with end blocks added and defect locations concealed
by plywood side plates. The horizontally drilled holes in
FPL-1 were filled with compacted wet sawdust, and were
discernible for those bored hole diameters greater than
38mm. In addition, some of the angled drilled holes that
were air-filled were discernible at diameters of 25mm.

Figure 15 shows the results of testing scans for specimen
FPL-6 using the 2 GHz ground penetrating radar (GPRA) equipment. The specimen was constructed of glulam
materials and the artificial defects (drilled holes of
increasing diameter and depths) were orientated
perpendicular to the scanning direction for best results.
Scanning direction was oriented perpendicular to the glue
lines in the beam but was still able to identify all holes.

Figure 15: 2-dimensional defect mapping of specimen FPL-6
generated from the 2.0 GHz GPR device.

Figure 13: 2-dimensional defect mapping of specimens FPL-1
and FPL-2 positioned end-to-end generated from the 2.75 GHz
microwave device. (blue indicates moist sawdust filled holes)

5.2 Microwave-B
The resulting defect imaging results from the 10 GHz
microwave device is presented in Figure 14. In this
testing, specimen FPL-4 included several bored holes
with different diameters and were packed with wet
sawdust prior to testing. However, these defects were not
discernible by the microwave device even for the largest
hole diameters.

Figure 16: 2-dimensional defect mapping of specimen FPL-7
generated from a 2.75 GHz microwave antennae.

Figure 16 shows the results of testing scans for specimen
FPL-7 using ground penetrating radar (GPR-A)
equipment. The specimen was constructed of glulam
materials and included an asphalt overlay. Testing was
performed from asphalt side viewing through into the
glulam panels. It is evident that all three moist sawdust
filled holes were identified by this GPR device. Raw data
scans are provided on the right side showing the
characteristic peaks expected for round anomalies.
5.4 GPR-B
Figure 14: 2-dimensional defect mapping of Specimens FPL-4
generated by the 10 GHz microwave device.

The resulting 2-D defect map resulting from the 2.0 GHz
ground penetrating radar device is presented in Figure 17.
In this testing, specimens FPL-1 and FPL-2 were
positioned end-end, with end blocks added and defect
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locations concealed by plywood side plates. The
horizontally drilled holes in FPL-1 were filled with
compacted wet sawdust, and were detectable for nearly all
bored hole diameters.

Figure 17: Two-dimensional defect mapping of specimens
FPL-1 and FPL-2 positioned end-to-end generated by the 2.0
GHz GPR device.

5.5 Mechanical Wave Based Techniques
For the other mechanical wave-based techniques
(ultrasonic pulse velocity, impact-echo scanner, and the
ultrasonic shear wave tomography unit) the test results
indicated they were not effective at detecting the air-filled
or wet sawdust-filled defects within the test specimens.
The energy required for the mechanical waves to
penetrate into the larger sized wood specimens may not
have been sufficient in these cases.

6 DISCUSSION OF RESULTS
The microwave and GPR inspection results indicated that
these NDE technologies possess the ability to detect the
moisture pockets and internal defects, but with different
degrees of effectiveness.
The lower frequency (2.75 GHz) microwave device
performed well in detecting moisture and defect voids in
most specimens. It is a single sided technique, so access
to only one side of the test specimen is required, and
sensor coupling requirements are eliminated. On the
negative side, while all of the demonstrations were
automated, the process as a whole was slow in each case.
The higher frequency (10 GHz) microwave signals were
attenuated by the wood decreasing penetration depth. The
ability of both microwave devices to see through asphalt
to a wood deck below was limited. The higher frequency
(10 GHz) microwave inspection device suffered from
high attenuation making them less useful as inspection
tools for wood bridge inspections.
GPR testing results revealed many positive features. Data
collection was fast and continuous. Some of these GPR
units are capable of being mounted on hand carts and used

to inspect bridge decks at a walking speed. Some GPR
units can be mounted onto vehicles to inspect at even
higher speeds. Access to only one side of the target
member is needed. The units are commercially available
from a variety of vendors. No coupling agent is needed.
Moisture pockets and internal defect voids were
detectable at depths up to approximately 204mm. On the
negative side, the attenuation of the radar through wood
was significant. At depths greater than approximately
204mm, voids can become more difficult to detect. Also,
the Federal Communications Commission has recently
limited both the power and frequency range of GPR units
sold in the USA.
Of the devices tested, GPR was capable of identifying
internal moisture more reliably compared to the
microwave devices. The microwave devices did not
demonstrate the ability to detect voids that were at oblique
angles to the antenna; GPR was capable of detecting voids
at oblique angles, though its detection was limited. GPR
was capable of scanning through the asphalt to see defects
in underlying glulam deck with a greater accuracy than
the microwave systems. Based upon these results, the
next phase of this project will focus upon GPR with a 2.0
GHz antennae as the primary inspection tool.

7 FUTURE WORK
Other related studies are ongoing or planned as part of this
overall research effort. A laboratory study is underway
that is focused on study the 2.0 GHz GPR antennae device
to determine more about its behaviour under varying
conditions of temperature, moisture, and the presence of
chemical preservatives. The effects of multiple metal
fasteners embedded in a deck system is also being
investigated in the laboratory. Another field study has
been initiated with nearly 100 lumber and glulam
specimens that have been inoculated with brown rot and
assembled at an outdoor exposure site along the
Mississippi gulf coast [7]. These will be closely
monitored with the 2.0 GHz GPR device in the field to
determine if any signs of incipient decay can be detected.
Additionally, salvaged timber bridge members are being
obtained from the desert of southern California. These
unique bridges have been in-service for more than 80
years and will be inspected with a GPR device during the
forensic analyses phase.

8 SUMMARY & CONCLUSIONS
Several NDE techniques were employed in this study to
determine the most effective technique for inspecting for
internal decay and internal moisture pockets for bridgesized wood specimens. Inspectors were NDE industry
practitioners or academic researchers with no prior
knowledge of the internal defects and no external
indicators of deterioration on the specimens. The ground
penetrating radar unit identified the internal condition of
the specimens with the best accuracy and warrants further
investigation in the laboratory. Various parameters such
as temperature fluctuations, moisture content effects,
preservative treatments, and presence of metal fasteners
are currently being investigated using the 2.0 GHz GPR
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antennae. The expected result of this research is the
development of a reliable NDE scanning technique to
rapidly inspect the primary structural components in
historic covered timber bridges and other wood bridge
structures.
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Immediate effect of moisture content gradient on apparent modulus of elasticity
engineered wood product manufacturers
Jean-Frédéric Grandmont, Vincent Lavoie2
ABSTRACT:
Controlling the moisture content (MC) of wood entering in the manufacturing of most engineered wood products
(EWP) is of paramount importance. The moisture content gradient or variability between the core and the surface,
which is usually less controlled, was investigated for its influence over the apparent rigidity in this study. Two samples
of 112 pieces of lumber were dried to generate high and low MC gradients. Following the drying, each piece of wood
was individually wrapped using plastic film to maintain its average MC over time. The apparent modulus of elasticity
(MOE) and MC at mid-depths of 9.5 mm and 3.2 mm were evaluated at different time intervals to determine the effect
of the MC gradient over the MOE evaluation. The high gradient sample yielded an initial MC gradient of 14.3%
(corrected for T and wood species) that was reduced to 4.6% after 8 days. When compared to the final apparent MOE
evaluation, the initial assessment of the stiffness was over evaluated by 6.4%. Drying of the low gradient sample
yielded an almost nil (4%) moisture content distribution across the thickness and was more stable afterward, ditto for
the MOE. Results warrant caution for EWP manufacturers as the initial evaluation of the MOE can be influenced and
the potentially lower surface MC may also alter negatively the reactivity of some adhesives.
KEYWORDS: Drying, Engineered Wood Products, EWP, Mechanical properties, MSR

1 INTRODUCTION 123
Engineered wood products (EWP) such as cross
laminated timber (CLT), glue laminated timber (glulam)
and wood I-joists require a tight control of the wood
moisture content (MC). The typical MC is of 12% ±3%
[1,2,3] for these products and can be mandatory.
While the effect of the MC on mechanical properties is
documented [4,5], average values are solely considered
despite a possible internal variability. A lower MC leads
to a higher apparent modulus of elasticity (MOE) and
lumber coming out of a kiln typically has a lower MC at
its surface than at its core [6], but equilibrates itself with
time.
In a previous study, Ngangé [7] observed that a moisture
content gradient could have an effect on the apparent
modulus of elasticity at a constant average moisture
content. He found a 3% decrease for the apparent
modulus of elasticity in bending when going from a 14%
moisture content gradient to a 4% one. The gradient was
evaluated between measurements at 3.2 mm and at middepth. The study did not however cover the effect of
time on the moisture content gradient.
1
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Machine stress rated (MSR) lumber producers and some
EWP manufacturers are relying on the evaluation of the
apparent flexural modulus of elasticity to provide
products deemed to be characterized by a given set of
mechanical properties. If a high moisture content
gradient has the potential of over-evaluating the apparent
MOE, manufacturers could be at risk of having products
re-evaluated later in time with a lower moisture content
gradient and yielding a lower apparent MOE.
In order to limit transportation and storage, in either the
yard or in a building, MSR lumber manufacturer could
benefit from optimizing – and therefore minimizing – the
time in between the drying and grading of MSR lumber.
The effect of time on the gradient would therefore
become important to prevent over grading the pieces of
lumber.
Minimizing the time between drying and grading
operations could also have an impact on the
manufacturing of engineered wood products. An
elevated moisture content gradient means that the
products’ surfaces would be characterized by a low
moisture content. Since many adhesives require water to
properly react, the likelihood of an incomplete
polymerization would consequently increase if an
important moisture content gradient was to lead to a
temporarily over dried surface.
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Engineered wood products’ producers located in regions
where the winter season comes with well below freezing
temperatures for extended periods of time could also
benefit from minimizing time between drying and
grading operations. Frozen lumber is the cause of
multiple manufacturing hurdles for EWP producers.
Moisture content tolerances are usually tight [1,2,3] and
typical in-line moisture meters are relying on wood
capacitance for their measurements. The capacitance of
frozen water is however similar to the capacitance of dry
wood, leading to potential undetected out of
specifications pieces of wood (underestimation in MC).

351 used for the study. As the study was to be carried on
black spruce dominant SPF group species, it was deemed
necessary to confirm the prediction equations prior to
using them.

Full thawing of frozen lumber is a long and energy
intensive process that is necessary for most EWP
producers as adhesives’ curing speed is usually very
sensitive to temperatures below the freezing point, with
some of them only working properly at temperatures
above 10ºC. Frozen lumber – or low temperatures – also
have an effect on the apparent modulus of elasticity [8].
That property increases with lower temperatures for dry
lumber and even more so on green ones. Grading MSR
lumber should therefore take the temperature into
account to avoid over estimating the stiffness of the
pieces of lumber at a lower temperature. Evaluating such
a temperature is however a challenge as wood is an
insulating material in which the temperature will not be
constant across the products’ section during the thawing
process. Accordingly, the surface material could be at an
adequate temperature while the core might still be
frozen. This situation would therefore be challenging for
the MSR grading, the moisture content evaluation and
the use of adhesives for EWP manufacturing.
Minimizing the time period between drying and grading
MSR lumber/producing EWP could therefore mitigate
issues that can be encountered during the cold winter
season.

The key objective of this project was to determine the
effect of the MC gradient on the apparent MOE of
softwood lumber as a function of time.

Pfaff [6] demonstrated that the moisture content gradient
of 2 x 4 black spruce pieces of lumber was evolving with
time. The moisture content at 5 evenly distributed depths
from the surface to the mid-depth of the pieces of lumber
was tracked over a 7 days period. The moisture content
was determined destructively by oven drying specimens
cut at said depth once per day. While demonstrating the
effect of time on a short period of time, the period right
after exiting the kiln dryer was not studied.
Investigating the effect of time on the moisture content
gradient and the apparent bending modulus of elasticity
also requires a special attention to the effect of the
temperature. As the pieces of lumber take several hours
before cooling down to room temperature when exiting
the dry kiln, any evaluation of the apparent flexural
MOE would require considering the temperature. Green
and Evans [8] suggested equations to predict the
immediate effect of the temperature on the MOE
between -26°C and 66°C for dry 2 x 4 lumber (standard
38 by 89 mm). The study included 9 data sets of which 2
were comprised of SPF (spruce-pine-fir group species)
MSR lumber. One was 1650f 1.5E while the other was
2100f 1.8E for a total of 61 pieces of lumber out of the

The first assumption for this study was that a higher MC
gradient should lead to a higher apparent MOE than a
lower MC gradient for the same average MC. The
second hypothesis was that the moisture content gradient
would likely evolve rapidly after exiting the kiln dryer.

2 OBJECTIVE

A secondary objective was to determine if the immediate
effect of temperature on the modulus of elasticity of dry
lumber suggested by Green and Evans [8] was applicable
to the material used in this study.
These two objectives would in turn allow for an eventual
optimization of the time between the drying stage and
the MSR grading one in the manufacturing of either
MSR lumber or engineered wood products.

3 MATERIALS AND METHODS
3.1 MATERIALS AND EQUIPMENT
Spruce-pine-fir (SPF) lumber was utilised in this study.
The material came from a Northern Quebec SPF sawmill
and most of the pieces of wood were black spruce. Two
samples of 112 pieces of 38 mm x 89 mm x 2.44 m were
utilised in this study.
The same material was utilised for the determination of
the applicability of the temperature correction suggested
by Green and Evans [8] on a SPF sample mainly
composed of black spruce. Dimensions of the specimens
were however different and followed ASTM D143 [9]
secondary method for static bending tests.
The laboratory’s conventional Cathild kiln used in this
study has a capacity of 1000 board feet. This kiln is
heated by low pressure steam (240 kPa) and its airflow
system consist of two fans directly mounted on 3,7 kW
individual motors.
3.2 METHODS
3.2.1 Validation of the immediate effect of
temperature on the modulus of elasticity
A series of 25 specimens were subjected to a static
bending test following the ASTM D143 [9] secondary
method.
Tests were conducted accordingly to the standardized
method with the exception that no yoke was used to
measure the deflection. The vertical displacement was
instead measured by the mean of a LVDT placed
underneath the centre of the specimen. Specimens were
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only loaded within the elastic domain as only the
apparent modulus of elasticity (MOE) was evaluated.
The pieces of lumber from which the specimens were cut
were first conditioned at 20°C and 65% RH until
reaching the equilibrium moisture content (EMC).
Specimens were thereafter cut to their final dimensions
(25 mm x 25 mm x 410 mm) and conditioned again
under the same conditions until reaching the EMC. After
that, every specimen was wrapped in plastic film to
prevent any gain or loss of water.
Specimens were first tested at 20°C before being tested
at 66°C. Two dummy specimens were equipped with a
thermocouple at mid-depth and at mid length to monitor
the specimens’ temperature prior to running the tests.
Mass was measured prior to each test and specimens
were oven dried after the last one to precisely determine
their moisture content [10] at each condition. The plastic
film mass was also measured and subtracted from the
wood mass.
All specimens were marked to ensure that they would be
tested in the same orientation for both conditions.
3.2.2 Immediate effect of moisture content gradient
on the modulus of elasticity
Green pieces of lumber were first planed on 4 faces.
Both samples were then dried using a conventional low
pressure steam kiln. One sample was dried following a
typical commodity construction lumber program used in
the industry (HG) while the other followed an EWP
oriented one prioritising a low MC gradient (LG). The
final conditions of the typical construction lumber
program were an 85°C Dry Bulb Temperature (DBT)
and a 4.5% EMC. This program was more aggressive to
ensure a short drying time, but also the development of a
higher MC gradient. The final conditions for the EWP
were an 85°C DBT and a 9% EMC, corresponding to the
equalizing step conditions in the program. Equalizing
step aims at reducing MC variation between boards at
the end of drying. It is characterized by a high EMC that
helps prevent over-drying the boards that already
reached the targeted MC and at the same time allows
wetter pieces to continue drying. This slower program
approach also helps reducing MC variations within the
board’s thickness. The targeted average final MC was
lower for the EWP program than for the construction
lumber one. A longer drying schedule targeting a lower
MC is an additional factor leading to reduced MC
variations for both inter pieces variation and within
pieces ones.
For both HG and LG samples, 75 pieces of lumber
(Figure 1, in white) were used to track the apparent
MOE throughout the study while the remaining 37
(Figure 1, in colours) were utilised to confirm the MC in
the oven [10] at various points in time. The 37 pieces of
lumber were separated in four (4) groups of 10, 9, 9, and
9 specimens each. The specimens of each group were
evenly distributed in the kiln dryer to ensure that each
group was representative of the full kiln dry load

moisture content. Figure 1 shows the position of the
specimens in the kiln. One out of the four groups was
utilised for each MOE evaluation for the MC
confirmation. These destructive oven dry moisture
contents allowed confirmation of the resistance moisture
meter correction for temperature and species. Specimens
were cut right beside the section where the moisture
content was evaluated with the moisture meter. Two “L”
shaped specimens were first cut from the outside of a
25.4 mm long specimen. A second set of “L” shaped
specimens was then cut, leaving a rectangular central
specimen. The specimens were cut using a thin kerf
blade (0.79 mm) to yield specimens of approximately
6 mm in thickness for the first two “L” shaped
specimens. Their respective mid-depth was consequently
roughly corresponding to the depth at which the moisture
content was evaluated using the moisture meter (3.2 mm
and 9.5 mm from the surface) to allow for comparison.
This method was deemed acceptable with potentially
less than a 0.5% MC error [11]. This was of importance
as the temperature at which the moisture content was to
be evaluated was over of the usual range of
temperature [12] and was therefore limiting the
applicability of the adjustment factors for the
measurements performed when exiting the kiln.
All pieces of lumber were installed in an adapted rack
(see Figure 2) within the kiln instead of being stacked in
a traditional way. This rack allowed to remove any piece
of lumber at all times. All pieces of the reference group 2
were cut to 2.13 m to determine the initial moisture
content. The remaining part was placed in the kiln along
with the other pieces of lumber. These reference pieces
of wood were taken out and weighted to determine their
moisture content during the drying.
1
8
15
22
29
36
43
50
57
64
71
78
85
92
99
106

2
9
16
23
30
37
44
51
58
65
72
79
86
93
100
107

3
10
17
24
31
38
45
52
59
66
73
80
87
94
101
108

4
11
18
25
32
39
46
53
60
67
74
81
88
95
102
109

5
12
19
26
33
40
47
54
61
68
75
82
89
96
103
110

6
13
20
27
34
41
48
55
62
69
76
83
90
97
104
111

7
14
21
28
35
42
49
56
63
70
77
84
91
98
105
112

Figure 1: Position of the pieces of lumber in the kiln with the
MC reference group 1(red-1st measurement), 2 (yellow2ndmeasurement), 3 (green-3rdmeasurement) and 4 (blue-4th
measurement)
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The moisture content gradient was determined as the
difference between the moisture content at 3.2 mm depth
and at mid-depth.

4 RESULTS
4.1 Validation of the immediate effect of
temperature on the modulus of elasticity
The apparent MOE was corrected to 12% MC [15] based
on the moisture content at the moment of the test. The
equation is (from ASTM D1990 [8]):

S 2 = S1
Figure 2: Specimens being unloaded from an adapted rack

After drying, the pieces of lumber were measured and
then wrapped in plastic film to ensure that the average
moisture content would remain constant over time. The
moisture content (MC) and temperature (T) were
measured at 3.2 mm, 9.5 mm and at mid-depth on the
75 specimens’ part of the sample. Measurements were
respectively performed using a resistance moisture meter
and a thermocouple. The MOE was evaluated using a
Metriguard E-Computer [14]. Subsequent moisture
content and temperature measurements were made
through the plastic film. The plastic film was re-sealed
after the measurements to prevent a loss of moisture.
For the high gradient group, the first MOE, temperature
and moisture content measurements were made on the
pieces of lumber exiting the kiln. The use of the rack
allowed removing individual pieces of lumber from the
kiln. As shown in Figure 2, this allowed maintaining the
remaining of the sample in the kiln, while proceeding
with the measurement. The pieces of lumber were
therefore hot and the moisture content gradient was
considered to be at its maximum value in this study for
the initial measurements.
As the moisture content was rapidly evolving at first [6],
a second MOE measurement was consequently
performed only 6 hours after. The sample was once
again stacked in the rack between the first two MOE
evaluations. This was done in combination with the
application of forced air to get even condition for all
specimens.
The last two MOE evaluations were performed after 48 h
and 192 h, respectively. As both the moisture content
gradient and temperature were expected to evolve in a
slower fashion after the second MOE measurement, a
traditional stacking of the plastic film wrapped pieces of
wood was used.
A similar strategy was used for the low gradient group,
as a first series of measurements was performed on the
pieces of lumber exiting the kiln. As the low gradient
sample drying schedule was aiming at minimizing the
aforementioned gradient, measurements were limited to
the first two points in time after exiting the kiln: 0 h and
6 h.

(B1 (B2 × M 2 ))
(B1 (B2 × M1 ))

(1)

where: S 2 = property at moisture content 2, S1 = the
property at moisture content 1, B1 , B2 = constants
(respectively 1.857 and 0.0237 in this case), M1 , M 2 :
are the moisture contents.
A moisture content correction was deemed necessary
throughout the study as the plastic film wrapping the
specimens was not considered a perfect water vapour
barrier. The average moisture content of the sample at
20°C was of 13.6%. The same sample exhibited an
average moisture content of 10.8% at 66°C, showing that
some water was lost along the warming process despite
the specimens being thoroughly wrapped in 2 layers of
plastic film.
The moisture content corrected MOE was then compared
with the estimation obtained using the following
equation (from Green and Evans [8]):

At12% MC, MOE (%) = 4.4971 0.19746TC

(2)

where: TC = wood temperature (ºC).
The average corrected value obtained for the sample of
25 specimens at 20ºC was of 12,094 MPa. The room
temperature is considered to be of 23ºC in this equation
and therefore predict a zero difference in MOE.
Considering this parameter, the predicted MOE at 66ºC
was calculated as 11,001 MPa. The average evaluated
MOE at the same temperature − corrected at 12%
moisture content − was of 10 328 MPa. This yielded a
6.5% difference between the laboratory results and the
predicted ones.
The observed difference between the laboratory results
and the predicted ones was considered to be acceptable.
The immediate effect of temperature on the MOE
prediction equation was therefore used throughout the
study to enable comparisons of results obtained at
various temperatures.
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4.2 Immediate effect of moisture content gradient on
the modulus of elasticity

All MOE values were corrected for a temperature of
23°C, which represents the room temperature and
therefore the nil immediate effect [8]. Equations 3 and 4
(from Green and Evans [8]) were utilised to determine
the immediate effect at 4% and 23% MC.

At 4% MC, MOE (%) = 2.1297 0.09351TC

(3)

At 23% MC, if T 0°C, MOE (%) = 7.3463 0.3225TC

(4)

Using the results of equations 2, 3 and 4, the following
one (from Green and Evans [8]) was used to predict the
immediate effect of the temperature at various MC.

For 4 12% MC, MOE (%) =

[(E 4

E12)((12 MC ) / 8)] + E12

For above 12% MC, MOE (%) =

[(E 23

E12)((MC 11) / 11)] + E12

(5)

(6)

where: EN = the change in MOE at 4%, 12% and 23%
moisture content.
Both the immediate effects of moisture content and
temperature on the MOE were calculated separately and
were based on measures taken at 9.5 mm deep. It was
demonstrated
that
resistance
moisture
meter
measurements were adequately representing the average
moisture content despite an evolving moisture content
gradient [6]. For the purpose of this study, the effects
were considered cumulative while both effects were
calculated based on the temperature adjusted wood
moisture content rather than adjusting for the moisture
content and then calculating the effect of temperature on
the MOE based on the 15% adjusted moisture content.
The initial moisture content evaluation was performed
exiting the kiln. The average temperature of the
specimen at a 9.5 mm depth was then of 62.5°C. It was
therefore not recommendable to use adjustment factors
for which the maximum temperature was of 48.9°C [12].
Temperature at all three depths as a function of time is
presented in Figure 3

Temperature (°C)

The moisture content was evaluated at various depths
and the moisture content adjustment was based on the
values measured at 9.5 mm deep. All moisture content
readings were temperature corrected [12]. The
temperatures based moisture content measurements
adjustment were however counter verified based on the
reference groups that were oven dried at each point in
time.

70
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Figure 3: Wood temperature in time at three different depths

The oven dried gradient specimens’ moisture content
was compared with the resistance moisture meter’s
results. As the oven dry moisture content is independent
of the specimen’s temperature, it was considered as the
reference moisture content at 23°C. Values obtained at
the 9.5-mm depth were compared with values from the
corresponding second layer of oven dried gradient
specimens (from group 1, pictured in red in Figure 1). It
was then established that, for this specific dataset, an
adjustment factor of -0.249 MC % / °C over 23°C would
yield acceptable results. The average value before
adjustments at the 9.5-mm depth was of 28.9%. If
adjusted with extrapolated relationship [12], the average
would have been of 21.2%. When adjusted with the
custom adjustment factor, an average value of 18.5%
MC was determined. Considering that the average MC
did not change from one point in time to another, the
moisture content at a 9.5-mm depth in a standard 2 x 4
would remain constant [6]. The average specimen weight
remained the same from the first measurement to the
last, as shown in Figure 4, indicating that no average
moisture content change had occurred. The average
moisture content at the 9.5-mm depth for the subsequent
measurements (i.e. after 6 hours) was of 18.8%. As
expected, there is only a small variation for the adjusted
average moisture content between the custom adjusted
first measurement and the typically adjusted [12] second
one. The custom adjustment factor was therefore deemed
acceptable for the purpose of this study.

Mass (kg)

In this part of the study, the specimens were of a
different size than in the first one. The samples were
comprised of lumber for which the reference moisture
content in the CSA O86 14 - Engineering design in wood
[11] is 15%. Equation 1 [8] was utilised to adjust the
MOE values using the same constant values.

80
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5
4
3
2
1
0

0

50

100

150

200

Time after drying (h)

Figure 4: Average mass of the specimens as a
function of time (HG sample)
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The apparent flexural MOE adjusted to 23ºC and 15%
MC [8, 15] based on values measured at 9.5-mm deep
are presented in Figure 5, which summarizes the MC
results obtained over time for the HG drying program.
30

Figure 6 shows apparent MOE as a function of the
moisture content gradient for the HG sample.

MOE (MPa, T corrected)

Moisture content (%)

25

with time. The initial average gradient was of 14.3%
whilst the final one was of 4.6% for a 9.7% decrease.
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Moisture content gradient (3.2mm vs mid-depth, %)
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3.2 mm MC
Mid depth MC

100

150

200

Figure 6: Apparent MOE (MPa) as a function
of MC gradient (HG sample)

Time after drying (h)

9.5 mm MC
MC gradient 3.2mm vs mid depth

Figure 5: Moisture content (%) as a
function of time (HG sample)

The drying schedule was aiming at drying lumber in a
typical way for a manufacturer of visually graded
dimension lumber. This limits the kiln wet proportion
whilst minimizing the drying schedule total time. It
however yields a characteristic moisture content gradient
that could be higher or lower than that as shown in
Figure 5. Targeted average moisture content for visually
graded lumber is typically higher than that for EWP. An
average of 18.5% was achieved, which falls in line with
common industrial practice.
As can be noted in Figure 5, the measured moisture
content at various depths evolved differently from one
another in time. Three different tendencies can be
observed. Moisture content near the surface (3.2 mm
deep) increases rapidly in the first few hours and then
more slowly but steadily. Moisture content at mid-depth
followed an almost exact opposite trend by decreasing
rapidly in the first few hours and then slowly but steadily
afterward.
As the pieces of lumber were wrapped in plastic film, the
average moisture content was expected to remain
constant, as Figure 4 confirmed. The moisture content at
the 9.5-mm depth was therefore expected to also remain
quasi-constant in time. Figure 5 shows that it remained
fairly constant over time as predicted by Pfaff (1978) [6].
Both the moisture contents at depths of 3.2 mm and the
mid-depth of the section were following a similar trend
pointing towards the moisture content measured at the
9.5-mm depth.
The moisture content difference between mid-depth and
3.2 mm – or the moisture content gradient – sharply
decreased in the first few hours since its rate diminished

The effect on the apparent MOE follows the same trend
in time as the moisture content gradient albeit displaying
a different progression relative to the MC gradient. The
average MOE diminished by 6.4% from the initial state
to the last measurement. Such a difference is believed to
have a potential impact on MSR grading and therefore
on EWP properties if disregarded when the MOE
evaluation is performed shortly after drying.
The moisture content gradient did however evolve
rapidly at first. It went from a 14.3% value to 7.1%
within the first 48h. The apparent MOE changed after
that time period was limited to 3.2%, indicating that the
potential MOE evaluation error could be partly mitigated
by a 48h rest period – or equalization period.
The apparent flexural MOE for the low gradient (LG)
sample was also adjusted to 23ºC and 15% MC [8,9]
based on values measured at a 9.5-mm depth and are
presented in Figure 7, which summarizes the MC results
obtained over time for the LG drying program.
30
Moisture content (%)
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Figure 7: Moisture content (%) as a
function of time (HG sample)
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The drying schedule was aiming at drying lumber in an
optimized way for EWP manufacturers willing to limit
moisture content gradient. Time spent in the kiln was
slightly longer due to an equalization period aiming at
lowering the moisture content gradient.
The targeted average moisture content for EWP is
typically lower than that for visually graded lumber. An
average of 10.8% was achieved, which is somewhat
dryer than common industrial practice. The typical MC
is of 12% ±3% [1, 2, 3] for these products and can be
mandatory.
As can be noted in Figure 7, the measured moisture
content at various depths evolved similarly from one to
the other in time. A unique tendency can be observed:
the average moisture content at 3.2-mm, at 9.5-mm
depth and at mid-depth simply remained almost
unchanged. Accordingly, the moisture content gradient
also remained close to its initial value.
Measurements were only performed at two points in time
since the experimentation on the HG sample had already
shown that the moisture content gradient was only
slowly evolving once reaching a low value.
Experimental results as shown in Figure 7 confirmed a
very low rate of change once a low gradient was
reached. The moisture content gradient had dropped of
5% in the first 6 hours for the HG sample while it
remained almost unchanged for the LG one. The LG
sample’s initial gradient was of 3.1% and 2.7% after
5.2 hours for a drop of only 0.4%.
It is worth noting in Figure 7 that the average moisture
contents at the 3.2-mm depth were of 9.4% and 10.6% at
the first and second measurements, respectively. The
average moisture contents at the 9.5-mm depth were of
10.8% and 11.1% for the same points in time. Such a
narrow difference would ensure that the surface would
not be abnormally dried and therefore at risk of
generating curing problems with adhesives needing
water to polymerize.
Figure 8 shows the apparent MOE as a function of the
moisture content gradient for the LG sample.

MOE (MPa, T corrected)

Results obtained with the LG samples are indicators that
a drying schedule with a proper equalization phase
towards the end of the drying could result in a uniformly
distributed moisture content across the section of the
pieces of lumber. Accordingly, a potential over
estimation of the apparent MOE due to a high moisture
content gradient would be mitigated. The drying time
impact must however be taken into consideration when
using a more conservative drying schedule as it also has
an impact on the MC variations.

5 CONCLUSION
The immediate effect of the moisture content (MC)
gradient on the apparent modulus of elasticity was
assessed in this study.
Two samples of 112 pieces of SPF lumber were dried to
achieve both high and low MC gradients. The MOE was
monitored in time as the MC gradient evolved and
showed a 6.4% overestimation of the initial
measurement when the MC gradient was high (14%).
Results obtained for the low moisture content gradient
(4%) showed that the drying schedule and the lower
average final MC target aiming at reducing the moisture
content gradient would mitigate an apparent flexural
MOE overestimation due to the MC gradient.
These results warrant caution when manufacturing EWP
using MOE sorted lumber with a high MC gradient. A
higher MC gradient may also have an adverse effect on
adhesives reacting with water. A 48h delay after drying
however appears to be sufficient to significantly
attenuate the observed effect.
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MOISTURE INDUCED DEFORMATIONS IN PREFABRICATED
WOODEN BUILDING MODULES
May Linn Sortland1, Thomas Krin l
Nor 4

otn Thiis2, Dimitrios Kraniotis3, Kristin

ABSTRACT: Variations in micro climate induce shrinkage and swelling of wooden beams. The dimensional changes
depend of the orientation of the annual growth rings and the moisture content of the beams. This causes laminated timber
to experience different deformations than solid wood. A producer of element buildings with joists of laminated wood,
have experienced deformations and sloping of the floor structure in several buildings, and believe that these might be
caused by moisture. This paper combines in-situ measurements with simulations and a laboratory experiment, to make a
survey of where in the buildings these problems are most likely to occur, and to estimate how much deformation the
producer can expect in these areas. The results show that the largest deformations occur in a bedroom facing north, with
low solar radiation and high moisture gradients between indoor and outdoor climate. In this room, a 13 % difference in
moisture content is measured between the head joist and inner joist, with the sensor installed one meter from the edge of
the floor system. This results in an estimated height difference of almost 8 mm, a value higher than the tolerances for
finished surfaces. The producer will improve their construction accordingly.
KEYWORDS: Element buildings, timber, moisture, deformations, in-situ measurements, numerical simulations

1 INTRODUCTION 123
Changes in moisture content results in swelling and
shrinkage of wooden materials. In the range from zero to
30% moisture content, a perfect sample of spruce swells
and shrinks approximately linearly. [1] The dimensional
deformations vary between the three main directions of
the wood. For a perfect sample of spruce, the total
shrinkage from green to dry is approximately 7.8 % in
tangential direction, 3.6 % in radial direction and 0.3 % in
longitudinal direction. [2] The cross section of a typical
solid wood beam and the main directions of the wood can
be seen in Figure 4b. Air with high relative humidity
causes wood to swell, while dry air induce shrinkage.
Mårtensson [3], describes deformations in the sill and
beam supports to be typical deformations perpendicular to
grain, and claims these are the dominant deformations in,
for example, multi-story wood framed buildings. The
directions of the annual growth rings in joists of laminated
1
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timber are different from solid wood. In extreme cases,
the radial and tangential directions are shifted compared
to solid wood joist. This will lead to different dimensional
deformations in a building with joists of laminated timber
than in a similar building with joists of solid wood.
Dimensional instabilities have resulted in problems for a
Norwegian producer of prefabricated element buildings.
Deformations occur in the head joists of the floor system.
See Figure 1. The head joist changes dimensions relative
to the surrounding climate, and the whole floor system
bends and slopes inward. This has led to problems when
installing balconies and wall elements of the second floor.
The producer has observed that climate on site plays an
important role, and the worst cases registered have been
in the north of Norway, in areas where the temperature is
low and the climate is humid. The orientation of the
building, indoor climate and season, may also influence
on the problem.
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This paper presents a case study from a two-story, semidetached module building in Trondheim, situated at 63
degrees North, in Norway. The building construction is
made of prefabricated elements, produced in an indoor
climatically controlled industrial hall. The assembling of
the building started in November 2015.
All the joists in the floor and roof systems of the building
are made of laminated timber of Nordic spruce, with
dimensions 48*300 mm. This type of joist is specifically
designed for roof and floor constructions that need a high
degree of stability in dimension. [4] When assembling the
construction, the floor element is placed between the two
wall elements, the wind barrier is fastened and a
cardboard sealing and cladding is installed on the outside
of the head joist. See Figure 1.
Figure 2: he t el e samples stu ie in the la oratory
e periment, ith sensors an measurement positions

2 METHOD AND MATERIALS
Measurements from the case studies are used to verify
numerical simulations of heat and moisture in the floor
system. The moisture induced dimensional variation of
the joists has been determined in controlled climates in
laboratory experiments.
2.1 LABORATORY EXPERIMENTS
To define the moisture induced dimensional variations,
laboratory experiments are performed. A regression
model of dimensional deformations under different
moisture content levels is created from the measurement
results. This model is used to determine the dimensional
variations over time, with input of moisture content from
the measurements in the case study and from the
numerical simulations.
Figure 1 Cross section o the construction, ith sensor

The head joist is close to the cladding, and will experience
large variations in temperature, and in some periods
temperatures below freezing point. This means that the
micro scale climate and the orientation of the building will
influence on the thermal and moisture conditions of the
head joist.
According to the Norwegian Standards, the sloping
tolerances of finished surfaces is maximum 7.5 mm on
lengths more than 5 meters, 1.5 ‰ for lengths between 2
– 5 meters, and 3 mm if the length is shorter than 2 meters.
[5] Since moisture is important for these tolerances,
critical moisture level, defined as the highest moisture
content a material can have without experiencing
moisture related damages, is suggested to be 20% in walls
and 12% in floors. [6]
The objective of this paper is to determine if the
experienced dimensional deformations can be explained
by the moisture content of the joists. Secondly, amount of
deformations expected between the head joist and the
inner joist of the floor system will be analyzed.

The experiment involves twelve samples of K-beams,
exposed to four different climates. The edges of the
samples were sealed, to avoid moisture absorption in
longitudinal direction. The samples were distributed
between four climate chambers with the climates
described in table 1.
Table 1

he our climates e amine

Climat
1
2
3
4

Sam l s
1–3
4–6
7–9
10 – 12

RH [%]
43
65
86
99

T [°C]
20

After moisture stabilization, the weight of the samples and
the dimensions of the cross sections were measured. The
height of the samples was measured at three positions. See
the black lines on Figure 2. The width was measured at
five positions, to find an average width of the joists. To
keep track of the moisture content, sensors were installed
on each sample. To see the extreme values, four samples;
one from each of the previous climates, were submerged
in water and subsequently dried.
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48 mm

300 mm

Fifteen sensors, measuring temperature and moisture
content, is installed in the building. Thirteen of these
sensors are in the floor construction between the first and
the second floor, distributed between the head joists and
the inner joists of the floor system. The remaining two
sensors are placed in the roof construction. With these
sensors, the differences in moisture content between the
head joist of the roof construction and the head joist of the
floor slab can be reviewed. A total of seven rooms were
instrumented, with a mixture of heated and unheated
rooms. Figure 3a and 3b show the location of all the
sensors.

48 mm

Tangential

Data is collected from a building located south-west of
Trondheim city in Norway. The site is 197 meters above
sea level, and is climatically exposed to wind, rain and
solar radiation.

jointed to a length of 6000 mm. This type of beam is
developed by the Norwegian company Kjeldstad, and is
called a “K-beam”. [7] See Figure 4a.

300 mm

2.2 IN SITU MEASUREMENTS

Radial

Figure 3a

- eam

Figure 4a

- eam

Figure 4b
oo

eam o soli

2.3 NUMERICAL SIMULATIONS

Figure 3a ensors in the plat orm construction et een the
loors, in icate ith circles

2.3.1 Pro ram d s ri tion
WUFI-2D, a two-dimensional, hydrothermal, State of the
art Heat and Moisture (HAM) simulation tool is used to
perform the simulations of the problem. Based on the
finite element method, WUFI-2D analyses heat and
moisture transfer of building envelope constructions, by
developing a closed differential equation system, which
calculates the moisture behavior of multi-layered building
components under natural climatic boundary conditions.
It is based on a derivation of a coupled equation system
and a numerical solution technique. [8]
The program introduces two potentials for moisture flow:
the liquid transport flux, which depends on relative
humidity, and the vapour diffusion flux, which depends
on vapour pressure. The airflow is not considered in the
assessment of moisture behavior. [9]
Energy transfer is calculated by Equation 1.
𝑑𝐻
𝑑𝜗

∗

𝛿𝜗
𝛿𝑡

= ∇ ∗ (𝜆∇𝜗) + ℎ𝑣 ∇ ∗ (𝛿𝑝 ∇(𝜑𝑝𝑠𝑎𝑡 ))

(1)

Moisture transfer is calculated by Equation 2.
Figure 3b
circles

ensors in the roo construction, in icate

ith

All the joists in the floor system are made of glued
laminated timber of spruce. The cross section consists of
two 47 mm thick outer lamellas and ten 2.06 mm thick
inner lamellas, glued together by moisture resistant
Emulsion Polymer Isocynate (EPI) adhesive glue. The
outer lamellas are normally 6000 mm long. The inner
lamellas are shorter, between 240-900 mm, and are finger

𝑑𝑤
𝑑𝜑

∗

𝛿𝜑
𝛿𝑡

= ∇ ∗ (𝐷𝜑 ∇𝜑 + 𝛿𝑝 ∇(𝜑𝑝𝑠𝑎𝑡 ))

(2)

Where
𝑑𝐻
𝑑𝜗
𝑑𝑤
𝑑𝜑

𝜆
𝐷𝜑

[J/m3K]

heat storage capacity

[kg/m3]

moisture storage capacity

[W/mK]
[kg/ms]

thermal conductivity
liquid conduction coefficient
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𝛿𝑝
ℎ𝑣
𝑝𝑠𝑎𝑡

[kg/msPa]
[J/kg]
[Pa]

𝜗
𝜑

[°C]
[-]

water vapour permability
water evaporation enthalpy
water vapour saturation
pressure
temperature
relative humidity

370 mm

370 mm

2.3.2 Simulation in ut
Two cases are simulated. The reference case is similar to
the detail given by the producer, seen in Figure 1. The
setup for this geometry is displayed in Figure 5a. The
other simulation is similar to the reference case, but
contains an extra 50 mm thick insulation layer on the
outside of the head joist. See Figure 5b. This case is
simulated in order to see if this detail will lead to better
results regarding moisture and temperature.

The simulated cases are oriented towards north, and based
on the assumption of a normal indoor climate defined in
EN 15026. [10] With these assumptions, high moisture
gradients between indoor and outdoor temperature and
low solar radiation is expected. Temperature and moisture
in both the head joist and inner joists is simulated.
For the outer surface, weather data obtained from a nearby
weather station in Trondheim is used. This includes
hourly values of temperature, relative air humidity, air
pressure, rain, wind direction, wind speed and solar
radiation.

3 RESULTS AND DISCUSSION
3.1 LABORATORY EXPERIMENTS
The changes in dimensions and weight of the different
samples was considerable. A summary of the results can
be seen in table 3. This paper focuses mainly on the
changes in height in relation to the moisture content of the
joists. The moisture content during drying and submersion
was not monitored, excluding these measurements from
the graph showing height versus moisture content.
Table 3

379 mm

379 mm

Floor l m nt

Wall l m nt

Bul
d nsity
[kg/m3]

Th rmal δ Valu
[-]
Cond.
[W/mK]
x
y
0.13
50.0 83.3

Ext. cladding

430

Air, 36mm

1.3

0.21

0.415

Wind barrier

130

2.30

20.0

Cardboard

235

0.05

20.0

Insulation

60

1.30

0.037

Vapour barrier

130

2.30

1000000

Int. cladding

510

0.13

50.0

Subfloor

550

0.14

50.0

Head joist

430

0.13

83.3 50.0

Inner joists

430

0.13

4.30 50.0

Insulation

60

1.30

0.037

Air, 36mm

1.3

0.21

0.415

Ceiling

510

0.13

50.0

ham rs

a le : Material data

RH
[%]

MC
[%]

̴0

-

43

A t r limat

The numerical grid is refined in the areas where large
gradients of temperature and moisture is expected. A
description of materials and dimensions can be seen in
table 2. The simulations start when the building is taken
in to use. Initial conditions of the materials at this time, is
obtained from the in-situ measurements of the building.

Dry

Figure 5b eometry o the
case ith retracte hea joist

65

86

99

W t

Figure 5a
eometry o the
re erence case

ata rom the la oratory e periment

100

8.3
8.6
8.8
9.4
9.7
10.2
12.2
12.4
12.6
18.0
18.1
18.3
-

H i ht
[mm]
295.8
296.4
296.7
296.8
298.8
299.0
299.3
299.4
300.6
300.3
301.7
301.3
301.8
305.4
305.3
305.4
306.1
307.5
309.6
310.8

Width
[mm]
46.6
46.9
46.6
46.6
48.0
48.0
47.9
48.1
48.2
48.3
48.7
48.5
48.2
49.0
49.2
49.4
49.9
50.1
50.1
50.5

W i ht
[g]
863.6
851.9
846.7
837.0
940.4
948.8
937.6
966.9
960.9
951.5
1011.9
963.0
991.3
1038.2
1054.4
1013.7
1264.4
1300.2
1297.4
1311.3

The measurement results after three weeks of exposure in
the climate chambers is displayed in Figure 6. With these
results, a linear regression model is made. See Equation
3. This model has a coefficient of determination (R2) of
0,989.
𝐻𝑒𝑖𝑔ℎ𝑡 = 0.6519 ∗ 𝑊𝐶 + 293.55

[𝑚𝑚]

(3)
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All the twelve samples in this experiment have
approximately the same orientation of the annual growth
rings, as explained in Figure 8a. This is different from the
expected cross section, given by the producer of the
beams, shown in Figure 4a. With all the lamellas oriented
in the same direction, the total beam will bend, and a
larger height dimension will occur on one of the sides than
on the other, increasing the maximum height deformation
of the beam. This problem could be avoided by changing
the orientation of every other lamella, as shown in Figure
8b.

306

305

304

Height [mm]

303

302

301

300

299

298

5

7

9

11

13

15

17

19

MC [%]

Figure 6 easurement points o moisture content ersus height
an the regression mo el create et een these points

This model will mainly be used to calculate the heights of
the joists in the monitored building over time, but it can
also be used to calculate the maximum swelling of the Kbeams, based on the assumption of linear swelling and
shrinkage. Maximum swelling is calculated by Equation
4.
𝑀𝑎𝑥𝑖𝑚𝑢𝑚 𝑠𝑤𝑒𝑙𝑙𝑖𝑛𝑔 =

𝐻𝑒𝑖𝑔ℎ𝑡𝑔𝑟𝑒𝑒𝑛− 𝐻𝑒𝑖𝑔ℎ𝑡0% 𝑊𝐶
𝐻𝑒𝑖𝑔ℎ𝑡0% 𝑊𝐶

∗ 100%

(4)

With a presumed moisture content of 30% when green,
the maximum swelling of the height dimension on the Kbeam is calculated to be 6.7%. This value is compared to
the maximum swelling in the tangential direction of solid
wood beams, of 7.8%. For a perfect sample of spruce,
tangential direction equals height direction in solid wood
beams. See Figure 4b. The results from this comparison,
confirms that the K-beams swell proportionately less in
height dimension compared to solid wood beams.
Another important observation from the experiment is
how the beams tend to bend under high moisture loads.
Bending occurs on all of the samples submerged in water,
and the degree of deformation increases with the moisture
content, with the largest deformations on sample 12,
previously exposed to climate 4. See Figure 7.

Figure 8a: Current cross Figure 8b
section
section

mpro e

cross

The study was restricted to four climates. Exposure to
additional climate chambers would have improved the
accuracy of the experiment. Additionally, the samples
should have been exposed to the same climate for a longer
period, to ensure complete stabilization of the moisture
content. Preferably, the experiment should have started
with dry samples, and increased the humidity at all
samples step-by-step, until the samples were fully
saturated. When all samples had reached water saturation
point, the process should have been reversed, and the
samples dried. With this type of measurement, the
hysteresis could have been included, by having
measurement points both under submersion and drying.
The present procedure was chosen due to time limitations,
and it is believed that the accuracy of the experiment is
sufficient for the scope of the problem.
The measurements of the dimensions could be more
accurate to enhance the regression model, but the high
coefficient of determination show that no large
measurement errors has been made and the measurement
equipment is good enough for this type of experiment.

2
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The high moisture content has resulted in cracks in the
samples. This will not be emphasized in this paper, since
it has little direct effect on the deformations of the beams,
but the producers should still consider it, since it might
have an impact on the structural properties of the beams.
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3.2 IN SITU MEASUREMENTS

30

3.2.1 Ori ntation
Based on moisture load and indoor climate, it is sensible
to compare bedrooms and storage rooms with different
orientations.

In some occasions, the moisture content of the head joists
in the southern facing bedroom is higher than in the
northern facing bedroom. This only lasts for a few days,
and after a period of fluctuating moisture content values
in the southern bedroom, the values stabilize, and the
moisture content starts to decrease. In the northern
bedroom, the values continue to stay high, making this the
worst case of the two bedrooms.
In insulated and uninsulated storage rooms, the moisture
content increases in both the head joists and the inner
joists, as the building is taken into use. This separates
these measurements from the measurements in the
bedrooms, where the moisture content of the inner joists
were not affected by the changes in indoor climate.
The insulated storage rooms experience a larger
difference in moisture content between the head joists and
cross-lying joists, than the uninsulated storage rooms. The
orientation of the room has less influence, but based on
analyzes of the relative humidity, the insulated storage
room towards west is reckoned as the worst case of the
four storage rooms.
3.2.2 H at d s. unh at d rooms
Studying the moisture content of the joists in the view of
room temperature, three rooms are compared: The
northern facing bedroom, the insulated storage room
towards west and the roof construction in the kitchen.
Based on the temperature measurements, the storage room
is reckoned as a cold room.
In the kitchen, no measurements are performed on the
joists inside the roof structure. The measurements from
the head joist suggest that the difference in moisture
content between the head joist and the inner joist of this
room is smaller than the equivalent difference in the
bedroom.
Figure 9 show the moisture content of the head joist and
inner joist of the bedroom and storage room, as well as the
head joist in the roof construction in the kitchen. Sensors
were installed as the building parts were assembled on
site, and the measurements start with different intervals.

20
MC [%]

Significant changes in the moisture content occur in the
head joists in the bedroom as the indoor climate changes,
when residents move in to the building. Since the building
is semi-detached, the date of moving in is not exactly the
same for both of the apartments, and the increase in
moisture content starts a few days earlier in the northern
facing bedroom than in the southern facing bedroom.
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Between assembling and the time when the building is
taken into use, the moisture content decreases in all of the
joists. When heating of the building occurs, the moisture
content increases in all other joists than the inner joist of
the floor system in the bedroom. This indicates that low
moisture content of the inner joists might be a part of the
problem, and an influencing factor on the deformations
and sloping of the floor. The moisture content in the roof
construction increases the least, and stabilizes faster than
in the other rooms. Less deformational problems will
occur in this room.
The total difference in moisture content between the head
joist and the joists inside the floor system is a lot higher
in the bedroom than in the storage room. This is caused
by the constant moisture content of the joists in the
bedroom, and makes dimensional differences and sloping
more likely to occur in this room than in the other rooms
monitored.
3.2.3 Th orst as
The largest differences in moisture content between the
head joist and the inner joists occur in the bedroom
towards north. This result corresponds well with previous
observations made by the producer, from buildings where
the same construction is used. Changes in moisture
content over time is displayed in Figure 10.
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The maximum difference in moisture content measured
between the head joist and inner joist is approximately 13
%. This is a significant difference, which most likely will
result in deformations and sloping. The moisture content
in the joist inside the floor system has stabilized at around
10 %, a normal value for this kind of wooden floor system
during the winter season in Norway. In the edge beam, the
moisture content has been over 20 % for a long period,
with maximum values of around 23 %. This is higher than
normal values, and in addition to the deformational
changes, it will most likely also results in problems
regarding mould and rot, if the situation persists. This will
again have a negative influence on the indoor air quality.

At the end of the initial heating period, the air around the
joists has achieved 23°C. The large difference in
temperature that then occurs between the air around the
head joist and the outdoor air, causes a condensation
process. This condensation process, takes heat from the
surrounding building materials causing the surface
temperature to drop. In just 48 hours, the temperature
around the head joist decreases with more than 30°C.
Since the temperature around the joists inside the floor
system is close to the indoor temperature, the difference
in temperature is smaller, and condensation is avoided.

Until residents move in to the building, the temperature
around the head joist and the joist inside the floor system
is approximately the same. In the start of January the
outdoor temperature experiences a sharp fall, and in eight
days, the temperature drops from 8.1°C to -17.1°C. In the
middle of this temperature drop, on January 5, residents
move in to the building, and a periode of rapid indoor
heating to achieve comfort temperature occurs. This
makes the temperature around the joists increase
significantly. See Figure 11.

After the temperature drop, the head joists adjusts to the
outdoor climate. The joist inside the floor system is not
affected by the outdoor climate, and the temperature
continues to stay high.
Until residents move in, studies of the relative humidity
shows that the climate around the joists is getting dryer,
with a final relative humidity around 30%. After the
residents move in, simultaneously as surface
condensation occurs, the relative humidity in the edge
joist increases dramatically, from 30 to 90 % in just a few
days, due to the temperature drop. This is explained by the
fact that cold air has a lower ability to store moisture than
warm air. As the temperature continues to stay low, the
relative humidity also continues to stay high. See Figure
12.
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outdoor climate. Simulations of the moisture content of
the inner joist show approximately no change in moisture
content. This is as expected, since the simulations are
based on a non-varying indoor climate, and do not include
the changes in indoor climate as the building is taken in to
use.
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This result in a smaller simulated difference in moisture
content between the head joist and the inner joist
compared to the in-situ measurements of the same case.
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By adding 50 mm of insulation on the outside of the head
joist, the average moisture content is reduced by
approximately 2 %. The difference between the head joist
and the inner joist of the floor system is reduced
accordingly.
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3.3 SIMULATIONS
Figure 13 shows the results from the two simulations of
the moisture content in the head joist and the inner joist.
The measured moisture content of the head joist and inner
joist from Figure 10 is included for comparison.

3.4 DEFORMATIONS
With the regression model in equation 3, the height of the
joists is calculated. Combining the regression model with
the moisture content gives the time dependent
dimensional changes. This is performed with values from
both the in-situ measurements and the simulations, and is
displayed in Figure 14.
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The simulation results shows the same general pattern as
the measurements, and a similar increase is observed until
January 26. The moisture content in both the simulations
and the measurements increase rapidly and gradually start
to decrease. The measured moisture content continues to
increase after a few days. This is also observed in the
simulations, but the increase is a lot smaller and the
moisture content soon stabilize and starts to decrease.
The difference between the measurement and the
simulations might be caused by inaccurate data for the
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The results show large dimensional differences in the insitu measurements. A total height difference of 7-8 mm is
calculated between the head joists and the inner joist, with
measurements in the inner joist approximately one meter
from the edge. Comparing this to the tolerances given by
the Norwegian standard, of less than 3 mm on lengths
under two meter, this shows that the building producer
should consider changing their constructions.
In the simulated cases, the height difference is
approximately 1-2 mm smaller with the retracted,
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insulated head joist. The results still show a total height
difference of more than 3 mm, in both of the cases.
This indicates that more than 50 mm insulation outside the
head joist is required to have control of the tolerances. The
height deformation is only reduced by 1-2 mm with 50
mm extra insulation, suggesting that a large amount of
insulation is required, to reduce the deformations
accordingly to the tolerances. This might cause problems
in the production and assembling of the construction, and
other solutions to the problems might be better.
To replace the head joist with, for example an I-beam,
could be a good solution. This will reduce the height
swellings of the joist and the total deformations on the
floor system. Another solution could be to create a
construction where the vapour barrier is continuous
between the first and the second floor, to prevent moisture
from the indoor climate to enter the head joist.

4 CONCLUSION
Laboratory experiments verify that linear swelling and
shrinkage of the K-beams under alternating climates is
expected. The orientation of the annual growth rings have
a significant influence on the maximum deformations, and
the experiment proves that K-beams will experience less
swelling in height direction, than solid wood beams with
similar dimensions, under the same climatic conditions.
The analyses of the in-situ measurements show that the
head joists are largely affected by outdoor climate. The
temperature around the joist is nearly the same as outdoor
temperature, and the moisture level is equivalent to the
highest moisture levels measured in the outside air at the
current time period. The climate in the inner joists follow
indoor climate and a warm and dry climate inside results
in a low moisture content of the joists. This proves that
high moisture- and temperature gradients between the
outdoor and indoor climate is the main reason for the large
differences in moisture content between the head joist and
the inner joist, and imply that larger differences may occur
in cases where the gradients are even higher.
Correct values for indoor and outdoor climate throughout
the whole simulation period is crucial for achieving
accurate simulations. Large changes in indoor and
outdoor temperature are especially difficult to simulate,
causing the simulated values during the heating period of
a new building to deviate from the measured values of the
same case.
The difference in moisture content measured between the
head joist and the inner joist of the floor system will result
in a considerable height difference and sloping of the
floor. The building producer is working on finding a
solution to this problem, which will increase the
tolerances of the floor system. By retracting the head joist
50 mm and adding insulation on the outside, the
construction is improved, but the expected height
difference is still too large. The producer should consider
moving the head joist even further in, or change the

construction in another way, by, for example, reducing the
height of all of the joists in the floor system or by
replacing the laminated joists with I-joists.
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Moisture diffusion in wood – Experimental and numerical investigations
Bettina Franke1, Steffen Franke2, Marcus Schiere3, Andreas Müller4
ABSTRACT: The hygroscopic behaviour of wood leads to changes in the physical and mechanical properties. The
correct estimation of the moisture content is important for the design and life cycle of timber structures. Therefore
experimental test series were performed to determine the moisture content distribution over the cross section as a
function of loading duration, respecting the glue lines of glulam and block glued cross sections. Alongside, numerical
simulations of the moisture diffusion process were set up and validated with the experimental test series. The
correlation of the numerical simulation with the reality offers guidance in the design of timber structures.
KEYWORDS: Wood, Moisture transport, Moisture gradient, Monitoring, Simulation

1 INTRODUCTION 123
Timber constructions are exposed to the variation of the
ambient climate. Wood is a hygroscopic material and
reacts in a change of the moisture content, mainly due to
the change of the air temperature and relative humidity.
The moisture content influences the physical and
mechanical properties. Therefore, the correct estimation
of the moisture content is important for the design and
life cycle of timber structures. The design standards
consider this behaviour by three different service classes
(SC) according to the annual average moisture content.
The assignment of timber elements to one service class
according to the ambient climate condition is one
important step during design.
Moisture diffusion is not constant over the cross section
due to daily, weekly or seasonal changes of the climate
situation. Subsequently, moisture gradients develop. The
moisture gradients produce stresses over the cross
sections which can result in cracked beams, Dietsch et
al. (2014). For example, an increase of the moisture
content leads to moisture induced transverse tension
stresses in the inner part of the cross section. If these
stresses exceed the very low tension strength
perpendicular to grain of wood, the cross section can
crack and lead to a reduction of the load carrying
capacity for transverse tension or shear. These cracks are
not visible during maintenance, inspection, and
assessments periods.

Currently, the planning engineer respects this complex
hygroscopic behaviour of wood in the design by the
application of service classes. But questions rise: What
happens over the life time of a construction or within
exposed timber bridges? Therefore experimental test
series were carried out for the classification of the
moisture diffusion over the cross section and numerical
simulations were done for the comparison and
evaluation.

2 MATERIAL AND METHOD
2.1 MATERIAL
One glued laminated timber member 200/600/4000 mm
of soft wood without finger joints was produced, and all
specimens were cut from this member, as shown in
Figure 6. The thickness of each lamella was 40 mm and
the average density was 443 kg/m3. The production was
according to the SN EN 14080:2013 using the adhesives
Kaurarim® 683 and Kaurarim® hardener 686.
The specimens were first conditioned at normal climate
(20°C and 65 % relative humidity) until equilibrium
moisture content (EMC) of 12 M% [3] was reached and
loaded by moisture in a climate chamber afterwards.
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Figure 1: Cutting plan of glued laminated timber member
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2.2 EXPERIMENTAL TEST PROGRAM
For the observation of the developing moisture content
over the cross section, the test series were prepared in
the three material axes: radial (R), tangential (T) and
longitudinal (L). Furthermore two different sizes
(200/200/200 mm and 200/200/800 mm) per material
axes were carried out, see Figure 2. The side faces of the
test specimens were sealed, so that the moisture
diffusion only took place in one material direction. On
each specimen, gages at a depth of 25, 45, 70 and 100
mm from the unsealed surfaces were implemented. For
the test series with 200/200/800 mm in size, additional
measuring points in a depth of 150, 200, 300 and 400
mm were installed. The specimens were conditioned at
20 °C and 65% relative humidity and loaded with a 95 %
relative humidity afterwards for a period of about 12
months.
The electrical resistance method was used for the
determination of the moisture content using a pair of

insulated stainless steel screws as sensor. A Thermofox
and Gigamodul from Scanntronik Murgauer GmbH were
used to log measurements every 6 hours.
2.3 MOISTURE DIFFUSION
Transient moisture diffusion is defined through Fick’s
second law:
(1)
Analytical [7], [8] and numerical methods [9], [10] have
been proposed and developed to solve this differential
equation. The analytical equations consist of a short term
solution and a long term solution [5].
The analytical solution showed some drawbacks. To
solve the equation analytically, the diffusion parameter
D must remain constant, whereas it is known that D also
depends on the moisture content. Secondly, the starting
condition requires the moisture content to be in
equilibrium and the final condition to remain constant
throughout the entire simulation. Finally, literature
recommends that Fick’s second law is used for wetting
only [12], as some extra relations need to be added to
equation (1) to properly model drying processes or cyclic
moisture content changes [13]. Analytical equations for
these processes are not available.
Numerical methods are more flexible, but often take
more effort to implement. FE-methods allow for
moisture diffusion calculations through the mathematical
analogy between moisture diffusion and temperature flux.

3 RESULTS
3.1 EQUILIBRIUM MOISTURE CONTENT
Figure 2: Test specimens with sealed surfaces in blue
(top) and position of measuring points for the 200 mm
and 800 mm long specimens (bottom)

Sorption isotherms were obtained from literature to
determine the equilibrium moisture content to which the
specimens were conditioned and loaded afterwards. The
starting point was to use sorption isotherms defined by
Simpson [3]. The author determined equations through
which the equilibrium moisture content could be
calculated as a function of temperature and relative
humidity. These isotherms are based on Sitka spruce
species, see continuous line of Figure 5. According to
these sorption isotherms, the corresponding EMCs to
which the specimens were conditioned and loaded were

Figure 3: Moisture content measuring sensor, insulated
stainless steel screws

Figure 4: Climate conditioning of specimen

Figure 5: Comparison of sorption isotherms for different
species by different authors
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12 M% and 24 M%, respectively. The sorption isotherms
were later compared to ad- and desorption isotherms [4]
obtained for Norway spruce (origin Central Europe),
illustrated with the dashed and dash-dotted lines. Finally,
some tests with small specimens conditioned at different
relative humidities were performed to verify the
isotherms of the used glulam [5]. These results are
indicated with the circles in the same diagram.
The distribution of the single values and curves shows
that, at regular relative humidities, the equilibrium
moisture content can be underestimated by a couple of
percentages when Simpson’s sorption isotherms are
used. Although potentially erroneous for comparisons
with experiments, they are used due to their
mathematical basis.

one curve for each measuring point. In longitudinal
direction the curves reach soon a plateau. However in
radial and tangential direction an increase of the
moisture content is still present, illustrating the slower
process of wetting. It must be pointed out that the
plateau reached is at 20 M%, whereas the equilibrium
moist content according the climate 20°/95% is 24 M%.
The oven dry method carried out after the tests finalised
confirm a moisture content of 24 M%. It is expected that
an additional time dependent calibration factor should be
determined due to observed corrosion of the screws as well.

3.2 RESULTS FOR THE MOISTURE DISTRIBUTION
OF THE EXPERIMENTAL TEST SERIES

The climate chamber shortly broke down within the
measuring period, during which the ambient relative
humidity could not be controlled. The time period is
shaded grey in the diagram. For the experimental test
series 200/200/800 mm similar results could be
observed, as summarized in [6].

The moisture distribution over the measuring period and
cross section observed for the 200/200/200 mm test
series are summarized in Figure 6. The diagrams include

The distribution of the moisture content over the cross
section shows a clear gradient from the surface to the
inner part in all three material axes. The increase of the
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gradient depends on the diffusion direction. The question
rises how long does it takes to get a uniform distribution
over the cross section in radial and tangential direction
and how big is the influence is of the gradient on the
stress-strain-behaviour? The numerical simulations were
set up in an effort to answer these questions.
3.3 EXPERIMENTAL DIFFUSION PARAMETERS
Fick’s second law in Eq. 1 was used and modified to
enable numerical derivation of the diffusion parameters
for the different material directions [5]. The calculated
diffusion parameters overlap those found in literature
[13] and were calculated for the range from 12% to 20%
MC at 20°C. The derived parameters, listed in Table 1,
were used in the simulations with FE mentioned later in
Figure 9 and Figure 10. The diffusion values are
visualised in Figure 7.
The difference between the experimentally derived radial
and tangential diffusion parameter is higher than
expected, as differences are suggested to be about 15%
or even negligible [7]. Apart from that, sources like [16]
suggest that glue lines should actually block the vapour
diffusion in the radial material direction, which means
that the radial diffusion parameter should be (much)
lower than the tangential one. However, most of those
researches focused on other wood products than glulam.
Table 1: Derived experimental diffusion parameters
Direction
Longitudinal, Dl
Radial, Dr
Tangential, Dt

Value [m2/s]
10.42e-10
2.89e-10
1.61e-10

As is observed as well from Figure 7, most derived
diffusion parameters indicate that there is a correlation
between the magnitude of the diffusion value and
moisture content, negative from transport parallel to the
grain and positive for transport perpendicular to the
grain. This was not derived for the experimental values
as they actually only covered a small range of moisture
contents. Future efforts will focus on deriving moisture
content dependent values.
3.4 NUMERICAL SIMULATION MODEL
3.4.1 General
The 2D numerical model was set up using 4 node plate
elements with a regular mesh size of 5 mm. The time
step size was set to be regular as well, 1/10th of a day.
This mesh and time step size was determined through a
convergence study, which resulted in an uncertainty of
less than 0.1 M% compared to automatic time stepping
and 1.25 mm mesh size [5]. The inaccuracies occur right
after loading, close to the surface of the beam.
The modelled beam was loaded as a parallel shaped
body, like seen in Figure 2. In that way, the material was
loaded in its main principal material axis.
The glue lines were not modelled due to earlier mentioned
uncertainties concerning this value. These actually should
not influence the moisture transport on the longitudinally
and tangentially loaded beam, but should on the radially
loaded beam.
3.4.2 Results of numerical simulations for 90 mm
wide beam
Simulations were performed to validate the numerical
program using experiments [11] and diffusion
parameters (D = 3e-10 [m2/s]) obtained from literature
[12]. Results of the numerical model are represented by
the continuous line and those of the analytical equations
by the dashed line, see Figure 8. The experimental
results are visualized through markers.
The numerical simulation results show a good agreement
with the experiments, so do the analytical solutions. The
example shows that the numerical program and the
analytical equations can be used to solve simple
problems concerning transient moisture content changes.

Figure 7: Visual comparison of the experimental (thick
black) and literature (grey) diffusion values

Figure 8: Comparison of experiments with numerical
simulations and analytical equations on 90 mm wide
specimens
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3.4.3 Results of numerical simulations for 200 mm
wide beam
Simulations of the experimental work at the own
laboratories were also performed. As the cross section
was 200 mm instead of 90 mm, these had to be
performed over a longer period of time. The simulations
were performed up to a period of 360 days, although the
tests were carried out for roughly 500 days. The results
are illustrated in Figure 9. The simulations and the
analytical equations are plot through the continuous and
dashed line, respectively. Input parameters used in the
simulations are mentioned in Table 1. The simulations
were performed for a moisture content increase from
12 M% to 20 M%. It should be noted however that the
expected moisture content was 24 M%, as formulated by
Simpson.
Overall, the simulations show a good agreement with the
experimental values until a period of 180 days. At 360
days, higher differences between simulations and
experiments are observed. The numerical and analytic

simulations show very close overlap. Although most
diffusion parameters show a dependency on moisture
content, negative for longitudinal loading and positive
for transverse moisture diffusion, the constant values
given in Table 1 give a reasonable estimation of the
moisture content developments.
The differences between 180 days and 360 days of
loading of the longitudinally loaded block shows
minimal differences, indicating that an equilibrium
moisture content has been achieved. At day 5,
differences between experimental values and simulations
are observed as well. The dependency of diffusion
constants is expected to be the cause of the differences
found after this short loading period, see Figure 7.
Although it is expected that the moisture diffusion
should actually speed up as higher moisture contents are
achieved in the radial and tangential moisture diffusion,
it appears to slow down instead. This could be due to
measurement uncertainties or discrepancy between
theory and practice. Most of the moisture diffusion
values found in literature are measured through the static
cup method [7], [8], determined through small increases
in moisture content. Other literature suggests that large
non-Fickian effects can be found as the moisture content
approaches the equilibrium moisture content in large
transient loads [10]. This effect was primarily
investigated for moisture diffusion in small samples of
approximately 10 to 20mm.
3.5 RESULTS OF NUMERICAL SIMULATIONS
FOR 800 MM WIDE BEAM
Experiments on the 800 mm wide specimens were also
simulated. These diffusion parameters were not derived
separately, so were equal to the ones used for the 200
mm wide beams.
The comparison between the experimental values and
the simulations are observed in Figure 10. The
experimental values for the radial moisture content
development could not be obtained for all the shown
moments. The tests ended close to loading day 310.
As the figure shows, moisture content hardly progresses
in the centre of the specimens, even after the extensive
loading period. Apart from that, the differences between
the experimental values and the simulated values suggest
that the diffusion values for the larger blocks might be
too low. Literature suggests that diffusion values depend
on many factors, also on specimen size [7], but don’t say
how.
3.6 RESULT OF NUMERICAL SIMULATIONS
FOR REALISTIC SEASONAL CLIMATE
VARIATIONS ON A BRIDGE

Figure 9: Comparison of laboratory experiments with
simulations and analytical equations on 200 mm wide
specimens

Finally, two simulations were performed for more
realistic ambient climate changes. First simulations were
performed for the climate measured during monitoring
campaigns at the Altdorf weather station, a location
close to a bridge used in earlier monitoring campaigns
[17]. The second was done for an ice rink. In these
calculations, only the numerical model was used.
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Figure 11: Moisture content time traces at different
depths of the beams surface throughout 2014

Figure 12: Minimum, maximum and percentiles of
moisture content calculated for a 200 mm wide beam

Figure 10: Comparison of laboratory experiments with
simulations and analytical equations on 800 mm wide
specimens.
Fick’s model was applied, in combination with
Simpson’s equations to calculate the sorption isotherms,
to calculate the moisture content distribution over a
200 mm wide cross section. This is a simplified
approach, because as literature mentions, Fick’s model is
appropriate for wetting, not for drying or for cyclic
loading. Apart from that, the moisture content at the
surface of the beam depends on factors like wind or
possible contact with direct sunlight. These factors
reduce the equilibrium moisture content at the beam
surface, which in turn also affects the moisture content
distribution under the surface. The daily averages of
measured relative humidity and temperature were
obtained from Swiss meteorological monitoring stations.
The diffusion parameter used was the experimental one
for tangential diffusion, listed in Table 1. The model was
loaded as a parallel shaped body again.
First the moisture content development over the year
2014 was calculated, illustrated in Figure 11. The
moisture content development was calculated at different

depths from the surface: 15 mm, 45 mm, 70 mm, and
midplane. The thin line at the surface represents the
applied load.
As observed, the moisture content at 70 mm depth and at
the midplane varies between 15 M% and 17 M%. The
moisture content right below the surface, at 15 mm
depth, does not exceed 20 M%, meaning that actually
only the surface is affected by the highly varying
moisture contents.
Similar calculations were made over a 10 year period.
The minimum, 2.5%, 50%, 97.5%, and maximum
moisture contents over this period is plot in Figure 12.
Over the 10 years for which the moisture content was
calculated, variations at the midplane stay under 2 M%.
These are similar at 70 mm depth from the surface.
Closer to the surface, at 15 mm depth, the moisture
content barely reaches the 20 M% needed for a higher
building class.
3.7 RESULT OF NUMERICAL SIMULATIONS
FOR REALISTIC SEASONAL CLIMATE
VARIATIONS IN AN ICE RINK
A similar case was set up or ice rink B2 mentioned in
[18]. The observed maximum moisture content during
the period in which ice covered the rink, was estimated

WCTE 2016 e-book | 1012

to be about 19 M%. During summer the minimum was
about 7 M%. The load used in the simulation is
simplified from the actual measured load, which shows
smoother transitions, see Figure 13.
The highest moisture content variations are seen close to
the surface, where the moisture content almost reaches
19 M% at the end of the wetting period, and 7 M% at the
end of the drying period. The moisture content at the 70
mm and deeper only varies between 10 and 16 M%.

4 DISCUSSION
Proper models to calculate moisture content
developments in the future need to include more
parameters, a couple of suggestions are:
• Moisture content dependent diffusion values,
• Application of non-Fickian moisture diffusion models,
• Using ad- and desorption curves to calculate the
equilibrium moisture content at the surface of the
beam,
• Including effects like wind, exposure to direct
sunlight, and
• If applied, influence of coating.
The use of Fick’s model however is expected to give a
good approximation already. Instead of including all
above mentioned effects, another approach could be to
work with expected uncertainties to calculate
conservative values.

constant service class is currently used for the design. As
proposal, a differentiation of the service class over the
cross section could be used for the enhancement of
existing load capacities (active zone = SC 3, passive
zone = SC 2) and, therefore, increase the capacity of the
structure, depending on its location and operational
conditions.

5 CONCLUSION AND VIEW
The distribution of the moisture content over the time
and the cross section could be experimentally
determined during an adsorption process. For two
different sizes and three material directions the
distribution over the cross section was determined.
It was shown that the estimation of the moisture content
over the cross section can be performed using analytical
equations and numerical programs. Furthermore the
numerical simulation could successfully applied to a
case study of a bridge and an ice rink. The experimental
and numerical results reached to support the scientific as
well as the practical engineers.
Most of the research on diffusion factors was performed
with load types and specimen sizes that are only little
encountered in reality. Further efforts should focus on
better determination of important factors affecting the
moisture content in large structures and methods to
determine these.

The analyses of the experimental results show, that the
moisture content distribution over the cross section can
be divided in an active and passive zone, as shown in
Figure 14 and Figure 15. The distribution of the moisture
content along the radial or tangential direction is not
converged even after one year of the intensive adsorption
process. Similar results are observed within the
numerical simulation where the climate changes daily on
a cross section of 200/200/200 mm in tangential
direction, as shown in Figure 11, and Figure 12.
Daily or weekly climate changes result in a change of
moisture content only in the outer zone of the cross
section, which is relatively small for example for the
cross sections of large timber bridges. However, only a

Figure 13: Suggested moisture content development in
an ice rink

Figure 14: Differentiation of cross section in active and
passive zone

Figure 15: Experimental results of moisture distribution in
tangential direction for the adsorption process, 200/200/200 mm
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Finally, introduction of an active and passive zone in
structures could enhance the load bearing capacity of
structures. As shown through simulations, maximum
moisture contents for the inner part of the cross section
(passive zone) are below 20M% and, therefore, belongs
to service class 2 where higher modification factors
could be applied.
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WOOD BORNE EMISSIONS IN A REAL ROOM ENVIRONMENT- A
MODELLING APROACH
Martin Weigl1, Daniel Stratev2, Christina Fürhapper3, Elisabeth Habla4,
Michael Nohava5, Sabrina Niedermayer6

ABSTRACT: This work presents a comprehensive overview on studies performed by Holzforschung Austria related to
volatile and very volatile organic compound (VOC and VVOC) emissions from wood and wood products carried out in
a full scale level. Scaling is crucial and due to material combinations additional sinks appear and sorption and diffusion
of the monitored substances occurs. Hence, full scale analyses partly reflect differences compared to standard chamber
tests. Long term emission results from 30 m³ model rooms, office container buildings and residential houses are
presented. These long term emission profiles were mathematically modelled. The models show, that high safety
margins get accepted for wooden products as long term emissions don´t get considered in standard emission tests for
building products.

KEYWORDS: VOC, TVOC, formaldehyde, indoor air quality, full scale, model room, long term emission

1 INTRODUCTION 123
The influence of building materials on the indoor air
quality is a widely discussed topic. Especially bio-based
products such as engineered wood products are often
seen as highly emitting. Depending on national building
regulations or site specific tender, application of such
products might be limited or even prohibited. Special
focus is given with respect to the concentration of
formaldehyde, organic substances showing toxic,
carcinogenic, mutagenic or reproduction toxic
properties, as well as on volatile organic compounds in
general, independent from their toxicological potential.
For example, the Austrian Academy of Science in
cooperation with the Austrian life ministry BMLFUW
published a guideline for the assessment of the indoor air
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quality [1]. Currently an Austrian Standard for indoor air
quality requirements is created [2]. However, such
regulations can only be applied for the assessment of
buildings after a certain aging phase. Indoor air quality
measurements within the phase of construction or in the
early phase of settlement usually underlie a very
dynamic alteration. Especially for bio-based building
materials such as wood and engineered wood products, it
is currently not possible to guarantee such indoor air
quality
parameter
due
to
several
reasons.
For example, there is a discrepancy between building
product selection based on standardised chamber testing
(e.g. based on [3] or [4]) results and the real life
behaviour of wood borne emissions. Calls within the
building industry often include emission requirements
based on such product tests, but they do not reflect the
indoor air environmental condition after construction.
Due to deviations from the standard conditions, scaling
phenomena and interactions with other materials
(adsorption, desorption, diffusion), emission kinetics and
real life indoor air quality cannot be precisely predicted
only based on results from standardized product tests.
Discrepancies between predicted concentration values
and results from in situ measurements can be very wide,
such is the case with the sauna building guideline
developed by [5], including a threshold for formaldehyde
within the sauna indoor air. Product testing for this
application is performed based on [6], but under elevated
temperature, leading to frequent product fail.

WCTE 2016 e-book | 1015

This work gives an overview on the results from three
independent
research
projects
performed
at
Holzforschung Austria within this topic. Special focus is
the potential of mathematical modelling of the long term
emission development that can be used for future
engineering applications.

OSB covered by vapour barrier (sd 100m) and
plaster board
Examples of the internal fitting of the model rooms are
shown in Figure 2.
5.

2 MATERIAL AND METHODS
Three independent case studies focused on long term
emission development were conducted. Sampling of
indoor air and measurement of VOC (volatile organic
compounds) and lower carbonyl substances (e.g.
formaldehyde) was performed according to [7] and [8].
Sorption media for indoor air sampling were TENAX®
for VOC and DNPH for carbonyls. Evaluation of indoor
air concentrations was based on substance specific
calibration of the TD-GC-MS (thermodesorption gas
chromatograph with mass spectrometer detector; Markes
international UNITY plus Agilent Technologies 6890N
and 5973) and HPLC-DAD (high performance liquid
chromatography with diode array detector; Thermo
Scientific DIONEX Ultimate 3000) measurement
devices. In total, calibration covered around 70 to 80
individual substances. Evaluation of the indoor air
concentration of each chemical substance found was in
accordance with requirements of the above mentioned
standards respectively [9] and [10]. In order to simplify
data presentation TVOC values (i.e. the total sum of
VOCs) instead of single substance concentrations will be
shown.
2.1 CASE STUDY 1: MODEL ROOM DESIGN
AND LONG TERM MEASUREMENTS
Within the five year project “HFA-TiMBER” [11] field
and laboratory emission cell (FLEC, [12]) and testchamber [4] measurements as well as sorption- and
diffusion experiments [13], [14] were used as assessment
tools for the selection of construction materials for
building up of two model rooms according to [15], [16].
These two model rooms had a free air volume of 30 m³
(3 x 4 x 2.5 m). Model rooms were created as timber
frame construction and had one door (1.6 m²) and one
window (2 m²) (Figure 1) constructed from emission
inert materials. Independent air ventilation and
conditioning system allowed climate conditions such as
used within standard test chambers [4]. The external
walls construction included a diffusion dense Aluminium
foil, in order to exclude VOC and air exchange with the
surrounding. The internal wall and ceiling panels were
changed depending on the test trial needs. The total
indoor air exposed surface was 55.4 m² (excluding the
door and window), leading to a loading of 1.8 m²/m³.
Within the trials the following five industrial building
products (and their combinations) were used as internal
walls and ceilings:
1. OSB
2. Plaster board
3. OSB covered by plaster board
4. OSB covered by vapour barrier (sd 10m) and
plaster board

Figure 1: Timber frame construction of a single model room

Figure 2: Indoor exposed surfaces within the model rooms
(left: OSB, right: plaster board). All board edges were sealed
(OSB: tape, plaster board: gypsum)

Long term development of VOC concentrations
(emissions) was studied aiming on the determination of
the steady state, which strongly depended on the applied
construction materials and the construction principal.
Hence the trials were stopped after 27 weeks (OSB), 7
weeks (plaster board), 20 weeks (OSB/plaster board), 32
weeks (OSB/vapour barrier 10m/plaster board), and 16
weeks (OSB/vapour barrier 100m/plaster board)
respectively.
2.2 CASE STUDY 2: LONG TERM INDOOR AIR
ENVIRONMENT DEVELOPMENT IN
WOODEN OFFICE CONTAINERS
Within
the
research
project
“Baubiologische
Containerentwicklung - BigConair”, real environment
experiments were performed at a bigger scale compared
to the above mentioned model rooms, within temporary
office containers (Figure 3). The following containers
were assessed:
1. Crosslaminated timber (X-Lam; Figure 3 in the
front) made of spruce wood
2. Clay-covered timber frame (Figure 3 in the
back) made of spruce wood
3. Standard 20´ double container made of steel
(reference container – not shown)
4. Renovated standard 20´ double container made
of steel with clay walls and ceiling (not shown)
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Figure 3: Office container at University of Innsbruck (X-Lam
container with larch wood planks (front) and timber frame
container with shingles (back))

Thermal insulation of the two wooden office containers
was made of hemp and sheep wool. Both were
prefabricated and delivered as half containers and
assembled ready for use within two days, directly at the
site. The reference container had already been in use for
ten years, and at first no alterations were made in his
construction. In order to improve comfort and indoor air
quality, the reference container was renovated (by
covering it with clay) in a later phase, which is indicated
in the list above with number 4.
Long term monitoring of VOC- and formaldehydeconcentrations in the indoor air were performed until a
steady state was reached and most commonly further
conducted thereafter: X-Lam (180 days for steady state,
total 620 days), timber frame with clay (no steady state,
total 610 days), reference (28 days for steady state, total
610 days), and renovated reference with clay (40 days
for steady state, total 450 days) respectively.
Additionally, standard office furniture consisting of
particle board based two L-shaped tables, two book
shelves, and one simple table, as well as three ordinary
chairs were used within these containers. The additional
emission of the office furniture was assessed based on
comparison of measurements within the same object,
once with and once without furniture. For this purpose,
the whole furniture was removed, the container actively
ventilated and sealed for 14 h before sampling.

measurement was usually performed roughly within the
building phase, but at least after installation of windows
and doors, most commonly after all painting work and
installation of the flooring. The second sampling was
done after move in, as additional emissions from
furniture, fast moving consumer goods, and human
activities were expected. Thereafter, sampling was done
monthly. Approximately 100 samples were taken
(sampling device for VOC: Figure 4). Since the process
of measurement is currently ongoing only preliminary
results are presented here.

Figure 4: Sampling device for the collection of VOCs on
TENAX®-Tubes applying FLEC-pumps (first sampling before
move in: no furniture inside; object not jet in use)

3 RESULTS AND DISCUSSIONS
3.1 CASE STUDY 1: MODEL ROOM DESIGN
AND LONG TERM MEASUREMENTS
A general decrease of VOC concentrations could be
found throughout weeks and months after the completion
of the model rooms. Preliminary results were actually
published by [18] and [19]. Figure 5 demonstrates the
long term development of the TVOC concentration for
the five different model room fittings.

2.3 CASE STUDY 3: RESIDEAL HOUSING IN AN
WOODEN ENVIRONMENT
“Wood2New” is a project which is currently running and
presents an upscaling of “BigConair”. Here the
measurements are made under real-life conditions.
Development of indoor air quality within the first half
year after move in is accessed based on a monitoring of
VOCs, VVOCs, airborne microorganisms, and
particulate matter. These measurements get aligned with
health-related parameters such as pulmonary function,
eyelid blink rate, blood pressure, pulse, and an overall
health status assessment by means of medical surveys.
More details on the methods applied were published by
[17]. The assessment covers 13 individual buildings,
whereas one serves as a reference as it was no wooden
construction. Sampling of the indoor air was always
done within the bedroom, as this is usually the room
humans spend the most time at once and ventilation of
the room is usually not altered during sleep. The first

Figure 5: Long-term TVOC [µg/m³] development of different
wall constructions demonstrated in model rooms (day 28 and
rating according to [1] are indicated): OSB (yellow with
diamonds), plaster board (red with crosses), OSB/plasterboard
(blue with boxes), OSB/sd10/plaster board (purple with
triangle), and OSB/sd100/plaster board (green with triangle).
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The day 28 is highlighted, as this is the time for the
evaluation of the VOC emissions from building
products, e.g. conducted according to [4]. Additionally,
the rating system for the indoor air quality according to
[1] is highlighted, which will serve as a reference
according to the TVOC classes low, average, slightly
elevated, distinctly elevated and strongly elevated (latter
was never reached within the trial).
The pattern of the “declining curve” of the TVOC
concentrations over time was primarily associated with
the type of building material and the construction type.
The coating of OSB with vapour barrier and/or
plasterboard led to a decrease of the (initial) TVOC
concentration and influenced the TVOC emission
kinetics. The highest initial TVOC concentration was
found for the non-covered OSB model room within the
first days, showing a steep decline thereafter. On day 28
the TVOC value reached approximately 500 µg/m³. This
actually equals the transition between slightly elevated
and average indoor air concentration. However, a further
decline throughout the whole sampling period was
observed, and a further reduction at the end of the trial
could be gained by increased air exchange rate. The best
evaluation rating could be reached even with noncovered OSB if the model room is ventilated long
enough. Very low TVOC concentrations and just a slight
reduction could be observed for the plaster board model
room. On day 28, this model room actually reached the
criterion for a low TVOC concentration. Covering OSB
with plaster board led to a reduced maximum TVOC
compared with the simple OSB model room, and at least
comparable results for the day 28 and the following
months. Additional installation of the sd 10 m vapour
barrier between OSB and plaster board altered the VOC
evaporation kinetics and led to a reduction in the TVOC
decrease over time. Thus this building products
combination was characterised with the highest TVOC
concentration on day 28 and the following 20 weeks all
rated as slightly elevated (with one exception). Finally
for the measurement in week 32 after installation, the
TVOC concentration was rated as average. The
installation of sd 100 m vapour barrier led to a stronger
reduction of the TVOC value within the first 28 days
which stayed low throughout the following weeks, and
also led to a good rating of the indoor air quality.
However considering the sd 10 m results it was of
interest how long the sd 100 m TVOC value would have
stayed stable around the value of day 112. Unfortunately
the experiment design did not allowed further
measurements.
These results demonstrate 1) that evaluation of building
products’ emissions on day 28 do not reflect the actual
long term situation within a building at least if the
products of interest (such as wood based products) tend
to a strong decline in their VOC emissions, and 2)
emission engineering is possible for example by the
means of selection of proper materials and proper
material combinations. Thus even high emitting
materials could achieve good evaluation.

3.2 CASE STUDY 2: LONG TERM INDOOR AIR
ENVIRONMENT DEVELOPMENT IN
WOODEN OFFICE CONTAINERS
Figure 6 summarises all results for the TVOC within this
trial. Besides the curves for the four different containers
(straight lines), two additional curves are shown (dashed
lines). The latter demonstrate the additional effect on the
TVOC within the reference and the X-Lam container
originating from the office furniture. Such as for Figure
5, the day 28 and the grading criteria are indicated.
The lowest TVOC concentrations were found for the
reference container. Throughout the whole experiment,
this container showed a low TVOC. Renovation of this
container with clay surfaces led to a short increase of
TVOC until day 28 leading to a value graded as average,
followed by a steep drop directly after and comparable
results towards the reference. The X-Lam container
showed a typical TVOC decline right from the
beginning. On day 28, the TVOC concentration is
actually graded as average, after three months as low and
latest after six months as comparable to the reference
container. The highest TVOC concentrations were found
for the timber frame container throughout the whole
experiment. On day 28, values were rated as distinctly
elevated. After 30 weeks, values were rated as slightly
elevated and after approximately one year, values were
average. A steady state was not found in this case within
the whole trial. A distinct increase was observed after the
temperature increase from 20 to 33°C, which
immediately decreased after temperature was set back to
20°C.

Figure 6: Long-term TVOC [µg/m³] development in the four
different office containers (day 28 and rating according to [1]
are indicated): reference (blue with diamonds), renovated
reference (red with dots), X-Lam (brown with triangles), and
Timber frame (green with boxes). Furthermore, the additional
effect of the furniture is indicated in two cases, as well as one
singular temperature effect.

In case of the X-Lam and the reference container, the
additional effect on the TVOC coming from the furniture
can be seen in Figure 6. In both cases, the furniture gave
an immediate measurable additional effect. The absolute
addition in terms of TVOC was comparable for both
containers. At the beginning of the furniture experiment,
the TVOC slightly exceeded the current indoor air
quality grade of the corresponding container without
furniture: reference increased from low to average, and
X-Lam from average to slightly increased. However,
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within reasonable time, this additional furniture effect
decreased, and the containers were graded the same way,
independent from the existence of furniture inside.
3.3 CASE STUDY 3: RESIDEAL HOUSING IN AN
WOODEN ENVIRONMENT
Case study 3 is still ongoing. Hence, just preliminary
results for the long term development of the
formaldehyde concentration in residential sleeping
rooms are demonstrated here. Figure 7 gives a
comparison of the formaldehyde concentrations in two
sleeping rooms of independent buildings. Both were
built as a timber construction. Three different safety
limits are indicated: 1) 24 h safety limit of 60 µg/m³, 2)
½ h safety limit of 100 µg/m³, and 3) a toxicologically
derived limit of 120 µg/m³. The first two get applied in
Austria [1], the second one was set by [20], and the third
one was derived based on a toxicological literature
review by [21].

Figure 7: Preliminary results for formaldehyde concentration
[µg/m³] development within two independent residential
sleeping rooms (solid wood construction). Additionally three
different safety limits in the range between 120 and 60 µg/m³
are indicated.

The two observed objects show big differences in the
pattern of their formaldehyde concentration functions
over time. In one case, a high formaldehyde
concentration was found during the phase before move
in (e.g. 3.5 times higher than the WHO safety limit).
However, at the time of move in, the concentration was
actually underneath the strictest of the above mentioned
safety limits and stayed underneath throughout the whole
monitoring period. It is assumed, that the high
formaldehyde concentrations at the beginning is due to
evaporation from freshly installed building products,
such as wood based panels bound via formaldehyde
based resins. Most likely these formaldehyde sources
were fabricated shortly before installation without
intensive ventilation and brought in within a short time.
However, due to separation and installation of these
building products, evaporation of free formaldehyde
could take place within short time, explaining the steep
decrease. This effect was probably further promoted due
to human activities such as automated or on purpose
ventilation, or e.g. installation of further building
products or explosion of any material that absorbs
formaldehyde.
In the other case, a slight but constant increase of the
formaldehyde concentration could be observed, starting

at a comparable low value. Within the observation time,
all measurements stayed below the WHO safety limit.
Assuming the above discussed scenario for
formaldehyde decrease in a freshly built wooden house
is typical, especially if formaldehyde based resins were
used, there seems to be a significantly different building
situation in the second case. This might be due to longer
ventilation of the applied building products as well as
due to application of formaldehyde free or lower
formaldehyde emitting building products. Even native
wood contains a relevant portion of formaldehyde [22].
However, the starting value can be seen as typical,
whereas the further increase of formaldehyde
concentration in the indoor air seems to be not related to
building products, as they typically show a decrease. An
additional effect such as in case study 2 coming from the
furniture is also unlikely. In the before mentioned case
study 2, the additional effect of furniture on TVOC was
seen an immediate appearing and quickly disappearing
peak, and a similar effect for formaldehyde can be
assumed. Such an effect can´t be seen in Figure 7. The
alteration of the formaldehyde concentration within the
objects of case study 2 was reported by [23]. Starting
values between 15 and 35 µg/m³ were found within the
office containers. Especially the two wooden containers
showed a constant decrease throughout the following
months and values in the range of 10 µg/m³ after one
year. In total, the values reported there show a similar
trend such as for the first discussed curve (orange) in
Figure 7. If the second curve (blue) in Figure 7 can´t be
explained by typical building product behaviour or a
furniture effect, it is most likely an anthropogenic effect,
e.g. caused by activities such as smoking indoor.
In total, these values actually demonstrate the
complexity of emissions into the indoor air coming from
a combination of building products (with other interior
related products).
3.4 DESCRIBTION MODELL FOR LONG-TERM
EMISSION DEVELOPMENT
In the above discussed case studies, significant decrease
of wood product related emissions after day 28 could be
seen. It is also known that wood based products most
commonly show a further VOC decrease after day 28 if
tested under standard conditions in emission chambers.
However, if the actual VOC concentration on day 28
within such a test is taken as the characteristic long term
product property, an additional safety margin is accepted
[24]. In order to evaluate such safety margins, natural
variability within the emission profiles must be filtered.
The safety margin is than calculated by dividing the
accepted value (usually the value on day 28) by the
steady state value (a definition for steady state should
also be introduced).
This procedure was applied for the VOC values
(individual substances and TVOC) of the data from case
study 1 and 2, in order to evaluate such safety margins
within a built environment [24]. In this case, the day 28
after installation is different from the day 28 after
construction. However, there is an increasing tendency
to access the indoor air quality within reasonable time
after construction, e.g. in order to proof if site specific

WCTE 2016 e-book | 1019

tender requirements are fulfilled. Hence, day 28 was
taken as an example for such an indoor air assessment.
A simple model was applied for the description of the
VOC decline: the iterative nonlinear model applied for
the calculation of the formaldehyde steady state
concentration as described in [3]. The whole process is
described more in detail in [24].
Figure 8 (TVOC) and Figure 9 (α-pinene) show the
model fit based on two different data sets. Once, the
model was calculated based on three measurement
points, and the second model was calculated based on
seven measurement points. In both cases, no relevant
difference between the two models could be observed. In
general, the applied models showed a good overall fit
and just slightly overestimated the indoor air
concentration around day 180.

was measured. However, on a single substance base,
such effects are typical. Due to different partial pressure
and boiling point of the single VOCs, each substance
shows a different emission pattern. The TVOC is the
sum of all these substances and hence better follows this
theoretical decline function than some individual once.
Especially for secondary emissions, gained by
autoxidation (e.g. pentanal or hexanal), worse function
fit was expected. However, even for these, an adequate
model fit could be gained (without demonstration here).
Hence, it is assumed that the model described in [3] can
be applied in general for the description of long term
emissions of wood born organic compounds.
The calculated safety margins for TVOC are given in
Table 1, for α-pinene in Table 2 and for hexanal in Table
3.
Table 1: Calculated safety margins for TVOC based on case
study 1 and 2 (steady state assumed after one year)

Object
OSB model room
OSB/GKF model room
X-Lam container
Timber frame container

Safety margin
3.4
2.1
11.0
3.7

Table 2: Calculated safety margins for α-pinene based on case
study 1 and 2 (steady state assumed after one year)

Figure 8: Model fit for the TVOC development within the CLTcontainer of case study 2. The 28 day value and the final value
are highlighted.

Object
OSB model room
OSB/GKF model room
X-Lam container
Timber frame container

Safety margin
3.0
2.2
16.7
21.1

Table 3: Calculated safety margins for hexanal based on case
study 1 (steady state assumed after one year)

Object
OSB model room
OSB/GKF model room

Figure 9: Model fit for the α-pinene development within the
CLT-container of case study 2. The 28 day value and the final
value are highlighted.

For α-pinene, the model fit is not good for the first two
measurement weeks, as an increase instead of a decrease

Safety margin
5.2
8.1

These calculated safety margins vary between 2.1 and
21.1. This means, that the real long term concentration of
a single VOC or the TVOC might be between
approximately 1/2 and 1/20 of the value measured on
day 28. This should be considered in case of indoor air
quality evaluation, especially within the early stages
after construction.
In buildings with automatic ventilation it would be even
possible to program the air exchange rate (in accordance
with the used materials) in order to (partially)
compensate for the elevated initial phase TVOC
emissions. After the steady state time point has been
reached the ventilation could be switched to its normal
program.
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4 CONCLUSIONS
Long term measurements under full scale conditions
demonstrate a significant decline of emissions.
VOC and formaldehyde emissions and from building
products usually do not lead to concentrations that
exceed the NOAL (No Observed Adverse Effect Level)
concentrations, and therefore cannot be rated as harmful.
Elevated emission rates at the beginning or within the
construction phase usually decline towards a moderate
level within reasonable time. Any kind of human activity
as well as air exchange rate and additional sources of
emissions most commonly have a higher impact on
indoor air quality than the construction material.
Models might be applied in order to describe the long
term emissions development. The model described in [3]
seems suitable for this approach, but needs further
validation. Especially for case study 3, this approach will
be applied in future.
The calculated safety margins should also be considered
especially for new regulations (e.g. [2]), but even for
product development or product re-design.
Future research will be required aiming on the creation
of an objective base for the engineering of product
emissions as well as for the long term development of
the indoor air composition under real living conditions,
based on a representative base.
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TEST CONFIGURATIONS AND ANALYSIS FOR DETERMINING
CHARACTERISTIC PROPERTIES OF CROSS LAMINTED TIMBER (CLT)
Helene Bauer1, Gerhard Schickhofer2
ABSTRACT: The aim of this paper is the determination of testing configurations and the related calculations of the
strength and stiffness properties for cross laminated timber (CLT). Currently, the mechanical properties for strength and
stiffness of CLT are specified in European Technical Assessments (ETA). For some properties the given strength values
of the ETAs show significant differences which arise from different test methods and the related calculation models
(e.g. shear in-plane – strength values can be referred to net or gross cross section). Another fact is that these differences
make it harder for the structural engineers to interpret the material properties and perform correct calculation. Numerous
scientific works, the regulations in the existing standard EN 16351 [1] and the given test setups for achieving an ETA
are the basis for the proposed test configurations of this paper which allow a stable determination of the material
properties in the opinion of the authors. The paper discusses the test setups for bending, rolling shear and compression
perpendicular to the grain for loads out-of-plane and for shear in-plane. Thus, a proper comparison of the characteristic
values of the different CLT products can be achieved if all adequate test configurations are regulated in the standard EN
16351 [1] in future.
KEYWORDS: Cross laminated timber (CLT), test configurations, mechanical properties

1 INTRODUCTION 123
Currently, the product Cross Laminated Timber (CLT) is
regulated
via
individual
European
Technical
Assessments (ETA). The given mechanical properties in
the ETAs significantly differ partly. The reasons for this
are that different test configurations and also calculation
models were used and thus, no standardized procedure
for testing and calculating CLT was available.
Establishing the product standard EN 16351 [1] of CLT
can eliminate these non-uniform circumstances and
should define and include all essential requirements to
test, calculate and understand the product CLT.
Numerous national and international research activities
covered the development of test configurations for
determining the mechanical properties of crosslaminated timber (CLT). The appendix of [1] contains
information on test setups to determine some material
properties. For some mechanical properties a various
number of different test configurations are given but it is
not clear which one brings the most proper results in
regard to the mechanical behaviour and the definition of
characteristic strength values (strength class system).
Due to this variety of different test setups for the
different material properties of CLT this paper should
1

Helene Bauer, Graz University of Technology,
helene.bauer@tugraz.at
2
Gerhard Schickhofer, Graz University of Technology,
gerhard.schickhofer@tugraz.at

summarize and identify the most appropriate test
configurations and associated evaluation methods. The
test configurations are discussed for CLT made of
Norway spruce as a 5-layered, homogenous and quasirigid composite structure.

2 REFERENCE CROSS SECTION
For the determination of the mechanical properties of
CLT, two approaches are possible:
• determining based on the mechanical properties of the
individual boards or layers in combination with load
bearing models or
• determining based on tests of CLT elements.
The raw material (boards) has a high influence on the
mechanical properties of CLT. Thus, the reference cross
section of the basic material based on the given standard
width of solid timber wl,ref = 150 mm according to
EN 384 [2] on the one hand. On the other hand the
common CLT layer thickness is considered with an
average value of tl,ref = 30 mm.
To represent the plate-like structure of CLT with all
interaction effects of the boards and layers within the
CLT element with regard to the different load
conditions, a basic reference cross section of CLT needs
to be defined. Based on the reference cross section for
the single boards, the reference cross section of CLT is
given with wCLT,refxtCLT,ref = 4wl,refx5tl,ref = 600x150 mm²,
as shown in Figure 1. Thus, the testing of CLT and the
definition of characteristic strength values and moduli of
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wl,ref = 150 mm

wCLT,ref = 4wl,ref = 600 mm

3.1.1 Test setup
The example of the test setup can be seen in in Figure 2,
the drawing with all relevant terms in Figure 4.

Figure 2: Bending tests of CLT with loads out of plane

The cross section of bending tests for loads out-of-plane
is proposed in Figure 3.

wl = wl,ref

tl,ref/wl,ref …reference thickness/width of single lamella
Figure 1: Reference cross section of a CLT element

Some mechanical properties show a clear dependence on
the cross-oriented structure, in particular the ratio of the
layer thickness in longitudinal and transverse directions
(layup parameter). Thus, these mechanical properties
have to be associated to the corresponding layers. For
example, the net cross section Anet has to be taken into
account for tensile and compressive strength parallel to
the grain or the layer thickness tl,fail in the transverse
direction for the net shear strength for loads in-plane.

3 TEST CONFIGURATIONS OF CLT –
LOADS OUT-OF-PLANE
3.1 BENDING
The determination of the bending properties of CLT –
strength and modulus of elasticity – is carried out
according to the four-point-bending test setup suggested
by the EN 408 [3]. The given length a1 between support
and load introduction has been adjusted up to
a1 = 6 ± 3hCLT to prevent a rolling shear failure. The
testing experience of CLT in the past shows that the
chosen length a1 influences the failure mechanism –
bending or rolling shear failure – of the test specimen
strongly. a1 depends on the CLT lay-up, the ratio wl/tl of
the used single lamellas and the basic material (soft-,
hardwood; combination of wood species, …). Thus, the
length a1 is defined with 7,5h for CLT made of spruce.
The deformation wlocal has to be measured on both
narrow faces in the neutral axis within the shear free
area.

tl = tl,ref

Key:

hCLT = 5tl,ref

E0
E90

hCLT,ref = 5tl,ref = 150 mm

tl,ref = 30 mm

elasticity based on a 5-layered CLT element with a
homogenous layup and boards with reference cross
sections for width and thickness.
The comparison with GLT shows that the number of
parallel acting, in one direction running lamellas of the
reference cross section with N = 12 does not differ much
from the reference cross section of GLT, with its 15
lamellas. This circumstance is also the basis for the
assumption and deviation of load bearing models of GLT
for CLT.

wCLT = 4wl,ref
Key:
tl,ref/wl,ref …reference thickness/width of single lamella
Figure 3: Cross section for bending tests

3.1.2 Calculation
The calculation of the bending properties is based on the
Timoshenko beam with the assumption of E0 = E0,l,mean
and E90 = 0. The Equations ((1-3) show the calculation of
the bending stiffness KCLT, the bending strength fm,CLT
and the modulus of elasticity in bending E0,CLT.

KCLT   ( Ei  Ii )   ( Ei  Ai  ei 2 )

(1)

where Ei = modulus of elasticity of layer i, (E0,i or E90,i),
Ii = moment of inertia of layer i in reference to its neutral
axis, Ai = cross-sectional area of layer i and ei = distance
between the center of gravity Si of layer i and the center
of gravity S of the CLT element.

f m,CLT

Fmax
 a1
 2
 z  E0( z )
KCLT

(2)

where Fmax = maximum load, a1 = distance between
support and load introduction, KCLT = bending stiffness,
z = edge distance and E0(z) = modulus of elasticity of the
referred layer (z).
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l = 21hCLT
a2 = 6hCLT

F/2

l1 = 5hCLT

a1 = 7,5hCLT
F/2

hCLT

a1 = 7,5hCLT

w

LCLT = 22hCLT

F/2

F/2
Key:

hCLT/l
l1
LCLT

… height/span of test specimen
… gauge length of deformation measurement
… length of test specimen

Figure 4: Test setup for bending tests for loads out of plane

E0,CLT

a1  l12 F


K
16  CLT w
E0( z )

(3)

3.2.1 Test setup
The test setup of the rolling shear test with all relevant
terms can be seen in Figure 5 and a test example in
Figure 7.

where l1 = gauge length of local deformation
measurement and ΔF/Δw = relationship between
changes in load and deformation, determined within the
linear elastic range between 0,1 and 0,4 Fmax.

a = 14°

F

3.2 ROLLING SHEAR
The determination of the rolling shear properties is based
on the shear test setup given in [3] and was described in
[4] and [5].
The load is introduced with an angle of 14° to the
loading plates made of steel or wood which are glued on
the test specimen. The relative displacement of the
loading plates should be measured by displacement
transducers on both sides. The advantage of this test
configuration is the multiplicity testing of different
layups (single boards, CLT layers, whole CLT
elements). The resulting local tensile respectively
compression stresses perpendicular to the shear plane
should be estimated by numerical finite element (FE)
analysis previously.
The rolling shear properties of CLT/CLT-layers strongly
depends on the board geometry (ratio wl/tl), the sawing
pattern and an existing narrow face bonding or gaps (see
also [4]). Side boards showed decreasing rolling shear
moduli in comparison to main boards if the rolling shear
stress is constant. Boards with an increased ratio of wl/tl
from 4 to 6 have increasing rolling shear strength values
of 20 % in average and an increasing of the rolling shear
moduli of 45 % in average. Gaps lead to a reduction of
the wl/tl-ratio and thus to a reduction of the rolling shear
properties of nearly 45 %.

x

tlay tp
local displacement
measurement

F
Key:
tlay
wlay
tp

… thickness of tested layer
… width of test specimen
… thickness of loading plate

Figure 5: Test setup for rolling shear tests

The cross section of shear tests for loads out of plane is
proposed in Figure 6 with wlay = 4wl,ref = 600 mm and
tlay = tl,ref = 30 mm.

3.3 COMPRESSION PERPENDICULAR TO
GRAIN

wl = wl,ref
tCLT
wlay = wCLT,ref = 4wl

l = wl

tlay = tl,ref

WCTE 2016 e-book | 1025

Key:
tl,ref/wl,ref …reference thickness/width of single lamella
Figure 6: Cross section for rolling shear tests

The determination of the compression properties
perpendicular to grain is based on the test setup given in
[3]. The centric load is introduced via loading prism. In
contrast to the specification in [3], a global displacement
measurement is arranged with four displacement
transducers positioned in the corners of the loading plate.
Thus, the calculated CLT stiffness considers the whole
thickness of the test specimen with a gauge length of
h0 = tCLT and is less influenced by the behavior of the
orthogonal arranged CLT layers. With regard to the
discussed reference dimensions for CLT, the volume of
the CLT test specimen differs from the given
specification in [3].
3.3.1 Test setup
The test setup of the compression test perpendicular to
grain with the relevant terms can be seen in Figure 8 and
an example in Figure 10.

F

2x
local displacement
measurement [3]

3.2.2 Calculation
The calculation of the rolling shear properties fr,CLT(lay)
and Gr,CLT(lay) is done according to [3] with the Equations
(4) and (5).

f r ,CLT (lay )

(4)

where Fmax = maximum load, wl = length of the test
specimen and wlay = width of the test specimen.

Gr ,CLT (lay )

F  cos14
wl  wlay

 r 
x
r
tlay

w

w

w

wCLT

F

Key:

Figure 7: Rolling shear test of a CLT layer [4]

F  cos14
 max
wl  wlay

w

tCLT

h0 = 0,6 tCLT

4 x global
displacement
measurement

(5)

where x = local deformation and tlay = thickness of the
test specimen.

tCLT
wCLT
h0

… thickness of test specimen
… width of test specimen
… gauge length of deformation measurement
(h0,global = tCLT - global measurement;
h0,local = 0,6tCLT – local measurement [3])

Figure 8: Test setup for compression perpendicular to the
grain

The cross section for compression tests perpendicular to
the grain is proposed in Figure 9 with
wCLT = wl,ref = 150 mm and tCLT =5tl,ref = 150 mm.
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4.1 SHEAR IN-PLANE
When CLT elements are stressed in-plane, three failure
mechanisms have to be distinguished for CLT with and
without adhesive bonding on the narrow face: a) gross
shear failure of CLT with narrow face bonding by a
longitudinal shear failure of all layers, b) net shear
failure by shear fractures of the layers in the weaker
direction and c) torsional failure in the gluing interfaces
between the layers.
Test specimens with gross shear failure mostly showed
significant higher shear resistance and shear moduli than
CLT elements without edge bonding (approximately
75 % for shear strength and 33 % for shear moduli).

A ≥ 22500 mm²

Key:
tl,ref/wl,ref …reference thickness/width of single lamella

[1] contains test configurations for the failure cases b)
and c), both have to be carried out on single nodes.
Furthermore [1] contains a proposal for the
determination of the shear stiffness by a bending test of a
5-layered “CLT-beam" with a deformation measurement
by shear crosses. A statement about the behaviour of a
full-scale, in-plane loaded CLT element used in practice
cannot be deduced for these three test configurations.

Figure 9: Cross section for compression perp. to grain

4.1.1 Test setup
Due to these facts, the suggested determination of the
shear properties of CLT in-plane is accomplished by a
compression testing of a rectangular column-shaped
CLT test specimen with layers rotated under 45°
according to the load introduction suggested by [6]. The
geometry of the test specimen is based on the defined
reference cross section of CLT with a height
hCLT = 3wCLT [7]. To minimize the influence of friction,
Teflon strips are arranged between the supports and the
test specimen. The deformation measurement is set as
measurement cross in the middle of the test specimen on
both side faces and is done with four strain transducers
with gauge lengths of h0 = 400 mm. Buckling supports
have to be arranged if very slender test specimens are
tested.

Figure 10: Compression tests perpendicular to grain

3.3.2 Calculation
The calculation of the properties for compression
perpendicular to the grain fc,90,CLT and E90,CLT is done
according to [3] with the Equations (6) and (7).

f c ,90,CLT 

Fc ,90,max
lCLT  wCLT

(6)

where Fc,90,max = maximum load, lCLT = length of the test
specimen and wCLT = width of the test specimen.

Ec ,90,CLT 

h0 F tCLT F



A w
A w

(7)

where h0 = gauge length of deformation measurement,
A = cross-sectional area and ΔF/Δw = relationship
between changes in load and deformation determined
within the linear elastic range between 0,1 and 0,4 Fmax.

The cross section for shear tests with loads in-plane is
shown in Figure 11 with wCLT = wCLT,ref = 600 mm and
tCLT = 5tl,ref = 150 mm.

tCLT = 5tl,ref

note: EN 408 [3]:
A = 25000 mm²
h = 200 mm

lCLT = wl,ref

wCLT = wl,ref

tl = tl,ref

tl = tl,ref

tCLT = 5tl,ref

4 TEST CONFIGURATIONS OF CLT –
LOADS IN-PLANE

wCLT = wCLT,ref
Key:
tl,ref
…reference thickness of single lamella
wCLT,ref …reference width of CLT
Figure 11: Cross section for shear tests in-plane
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The test setup for the compression tests for
determination the shear properties in-plane with the
relevant terms is shown in Figure 12 and an example in
Figure 13.

F

4.1.2 Calculation
The stress and strain calculations are based on the
Equations (9) to (14) with the coordinate systems shown
in Figure 14:

σxM

σyM
τxM,yM

a=45°

x

σyM

The evaluation of the strength and stiffness values have
to be done separately for edge bonded and non-edge
bonded CLT, see [7].
measuring cross

Teflon

wCLT

F
Key:
hCLT
wCLT
h0

σxM

xM

Figure 14: Stress states in different CLT sections

h0 = 400 mm

hCLT = 3wCLT

hCLT/2-h0/2

Teflon

τyM,xM

y

yM

The shear stress at maximum load xM,yM is calculated by

 xM , yM 

Fmax
2  wCLT  tCLT

(8)

where Fmax = maximum load, wCLT = width of the test
specimen and tCLT = thickness of the test specimen.
The calculation of the shear strength fv,CLT has to be done
separately for both cases – with and without narrow face
bonding.
4.1.3 CLT with narrow face bonding:

… height of test specimen
… width of test specimen
… gauge length of deformation measurement

Figure 12: Test setup for determination of the properties for
shear in-plane

f v,CLT , gross   xM , yM   90   xM , yM  (1 

E90
)
E yM

(9)

where xM,yM = shear stress at maximum load,
90 = compression stress in yM-direction, E90 = modulus
of elasticity perpendicular to the grain of the base
material (top layer) and EyM = weighted modulus in
elasticity in yM-direction (cross layer).

E yM 

t

l , yM

 E0   tl , xM  E90
tCLT

tCLT   tl , xM   tl , yM ;

t

l ,L

(10)

  tl ,T

where E0 = modulus of elasticity parallel to the grain of
the base material and ratios between the sum of layer
thicknesses in weak direction tl,T and to that in the strong
direction tl,L.
4.1.4 CLT without narrow face bonding:

f v,CLT ,net   xM , yM 

Figure 13: CLT compression tests for determination of shear
in-plane

 90   xM 

tCLT
 1.15   90  0.13   90 2 (11)
tnet

E90
E
  xM , yM  90
ExM
ExM

(12)
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ExM

t


l , xM

 E0   tl , yM  E90
tCLT

REFERENCES

(13)

where σ90 = compression stress in xM-direction, E90 =
modulus of elasticity perpendicular to the grain of the
base material, ExM = weighted modulus in elasticity in
xM-direction (top layer), E0 = modulus of elasticity
parallel to the grain of the base material and tnet = sum of
the layer thickness in weak direction.
4.1.5 Shear modulus
The shear modulus G0,CLT is determined for both cases
by Equation (14).

G0,CLT  a G 

h0
2  wCLT  tCLT



F
wG ,mean

(14)

where aG = 1,0 (shear correction factor for
wCLT:hCLT = 1:3), h0 = gauge length of deformation
measurement and ΔF/ΔwG,mean = relationship between
changes in load and deformation, determined within the
linear elastic range between 0,1 and 0,4 Fmax.

5 CONCLUSIONS
Numerous test configurations for CLT are available – on
the one hand in the course of the issue of an European
Technical Assessment (ETA) and on the other hand the
given specifications in the EN 16351.
The aim of this paper is to show the most suitable test
setups for testing of CLT for loads in-plane and out-ofplane with consideration of national and international
research work and already standardized test
configurations.
The regulation of specified and appropriate test
configurations for determination of mechanical
properties is a major basis of the definition of the
product CLT. If a strength class system will be
established for CLT, the characteristic values refer to a
reference cross section or a reference volume to
guarantee the accuracy of the based assumptions or load
bearing models. Furthermore, the comparability of the
mechanical properties of CLT from different
manufacturers can be achieved.
In the opinion of the authors it is necessary to implement
all required test configurations and the calculation of the
mechanical properties in the standard EN 16351 with
consideration of the given test configurations of EN 408.
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ELASTIC CONSTANTS OF CROSS LAMINATED TIMBER PANELS OF
INDUSTRIAL SI E: NON DESTRUCTIVE MEASUREMENT AND
VERIFICATION
Jianhui hou1, Yin H i Chui2, G rhard S hi

ho r3, Juli Fra

i r4

ABSTRACT: Cross laminated timber (CLT) is leading the evolution of wood construction throughout the world. As a
two-dimensional plate-like construction product, the in-plane elastic constants of CLT panels are the fundamental
parameters for serviceability design. The elastic constants including moduli of elasticity (MOE) in major and minor
strength direction ( and y) and in-plane shear modulus ( y) of full-size CLT panels with different dimensions and
layups from three CLT producers were measured by a non-destructive test (NDT) method developed by the first author.
In total, 51 CLT panels were tested with most of the testing conducted at CLT mills. The measured values were used to
examine the existing effective stiffness prediction models of CLT. Results show that k-method can be used for
predicting
and y values of industrial size CLT with a large length/ width to thickness ratio. y cannot be well
predicted by k-method and is greatly affected by edge bonding and gaps. Gamma method and shear analogy method can
include the effect of transverse shear to different extents into account in predicting apparent
or y. Shear analogy
method appears to predict closer apparent to the measured values than gamma method for CLT with small length to
thickness ratio. However, the effect of transverse shear on apparent y is not as much as predicted by shear analogy
method for CLT panels with width from 1 to 3 meters. NDT by modal testing was proven to be an efficient mechanical
property evaluation method for full-size CLT panels.
KEYWORDS: Cross laminated timber, Elastic constants, Non-destructive test, Model predictions

1 INTRODUCTION 123
CLT has gained popularity throughout the world since its
invention in the 1990’s. With odd layers of orthogonal
laminated dimension lumber, CLT panel is designed to
act like a two-way plate to maximize its application as
floor and roof systems [1]. In order to allow design
engineers to perform serviceability design calculations
such as deflection and vibration, as well as for quality
control purposes, the elastic constants of CLT panels are
of great importance and should be measured. Even
though different prediction models were proposed for
calculation of effective stiffness of CLT panels,
verification is still required using test measurements [2].
Static test methods, according to standards [3, 4], can
provide fundamental mechanical properties of CLT
panels using a beam bending approach. However, as a
newly developed panel-shaped engineered wood product
(EWP), CLT is considered to be different than other
beam-shaped EWPs. It was recommended that the
1
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Ying Hei Chui, University of New Brunswick, Canada,
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3 Gerhard Schickhofer, Graz University of Technology,
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bending test of CLT should be conducted with panel or
strip with large width [5]. It has been also found that
there is no standard static method for measuring the inplane shear properties of a full-size panel. Brandner et al.
[6] and Mauro et al. [7] have proposed different
compression test methods to study the in-plane shear
properties of CLT with different panel characteristics.
They both found that the in-plane shear modulus was
affected by edge bonding and gaps while layup has
minor effect on in-plane shear modulus.
Gsell et al. [8] applied experimental modal analysis to
measure natural frequencies and mode shapes of
rectangular CLT specimens to determine the three shear
moduli and the two in-plane MOE by minimizing the
difference between measured and estimated natural
frequencies based on the least-squares method. Gülzow
[9] further studied the vibration-based testing method
proposed in [8] to evaluate the elastic properties of CLT
panels of different dimensions and layups. The dynamic
test results differed from the predicted results by
compound method (k-method) around ±20-30% for
different strength directions influenced by the edge
bonding between lamellas in the transverse direction and
the degree of homogenization of the CLT panel.
Recently, a non-destructive testing (NDT) method using
modal testing with the test specimen having a pair of two
opposite edges simply supported and the other two free
has been proposed for the measurement of in-plane
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elastic constants of full-size CLT panels, which showed
good agreement with static test results [10]. Using the
method, MOE in major and minor strength directions (
and y) and in-plane shear modulus ( y) can be obtained
through modal testing of a full-size CLT panel.
This study aims to apply the proposed NDT method [10]
for measuring the elastic constants ( , y and y) of
industrial size CLT panels. The effect of layup and edge
bonding will be investigated for CLT panels produced by
different CLT producers. Different effective stiffness
prediction models of CLT will be examined by
comparing the model predictions with the measured
elastic constants.

2 MATERIALS AND METHOD
2.1 MATERIALS
Three series (A, B, C) of CLT panels with different
dimensions and layups from three producers were tested
as listed in Table 1. As CLT mills usually have no stock
Table 1: C

Series
A

B

C

of CLT panels, most of the tests were conducted off the
production line in the mills before further CNC
processing. Some of the tests were conducted at the
laboratories of Graz University of Technology (TUGraz)
and University of New Brunswick (UNB). The CLT
panels of Series A and B were mainly made of spruce
with a mean density of 420 kg/m3. Series A panels had
no edge bonding and no obvious gaps, while Series B
panels had edge bonding for all layers. Series C CLT
panels were made of spruce with a mean density of 520
kg/m3, which had no edge bonding but nonuniform gaps
throughout panel. Most of the panels had orthogonal
adjacent layers except groups of B-7s-2-220 and B-8s-2300. Group B-7s-2-220 had double longitudinal layers in
outmost two top and bottom layers and group B-8s-2300 had additional double longitudinal layers in middle
layers. This kind of CLT panel is typically designed for
long-span floor system and can be regarded as five-layer
CLT panels in the theoretical calculation of elastic
constants.

panel in ormation

Panel
Type*
A-3s-120
B-3s-100
B-3s-120
B-5s-100
B-5s-120
B-5s-150
B-5s-160
B-5s-200
B-7s-2-220
B-8s-2-300
C-3s-78
C-3s-97
C-3s-105
C-5s-131
C-5s-175
C-7s-220

Lay-up (mm)

Length (m)×width (m) & Number of specimens

40/40/40
30/40/30
40/40/40
20/20/20/20/20
30/20/20/20/30
40/20/30/20/40
40/20/40/20/40
40/40/40/40/40
30/30/30/40/30/30/30
40/40/30/40/40/30/40/40
26/27/26
35/27/35
35/35/35
26/27/26/27/26
35/35/35/35/35
35/27/35/27/35/27/35

6.50×0.90 (6)
10.55×2.30 (1)
10.35×3.00 (1)
11.05×3.00 (2), 12.65×2.80 (3), 11.05×2.80 (1), 12.65×2.50 (1)
13.25×2.30 (1)
9.40×2.44 (1)
9.35×2.50 (1), 10.15×2.30 (1), 10.35×2.80 (1), 8.05×3.00 (1)
13.75×2.50 (1)
12.00×2.95 (1), 5.57×1.98 (1)
7.4×2.50 (1)
4.86×2.48 (1)
5.02×2.48 (1)
{2.95 (1), 3.21 (1), 5.45 (1), 6.45 (1), 6.85 (1), 9.95 (1), 11.10 (1)} ×2.48
4.87×1.02 (3)
{15.98 (1), 16.40 (1), 17.70 (9)} ×2.48, 4.00 × 1.57 (1)
8.30×1.00 (3)

Note: * Panel type is named in the form of ‘Producer(A/B/C)-number of layers (#s)- total thickness (unit: mm)’, all the specimens
have parallel layers in the outmost top and bottom layers.

According to producers’ technical approvals and
assumptions in reference standards [3, 11], the elastic
constants of the lamina are summarised in Table 2 for
calculating the effective stiffness of CLT panels.
Table 2:

Series
A&B
C

ean elastic constants o lamina in C

trength
irection
Major &
Minor
Major
Minor

panels

r

(MPa)

(MPa)

(MPa)

(MPa)

11000

370

690

69

11700
9000

390
300

731
562

73
56

Note:
and
are the MOE of lumber parallel to grain and
perpendicular to grain, respectively.
is the mean shear
modulus and r is the rolling shear modulus.

2.2 LABORATORY TESTS
Panels of Series A were tested in the laboratory of
TUGraz. All the panel specimens were tested under fourpoint bending tests in the major strength direction before
modal testing to obtain
value according to [12]. The
modal tests were conducted on the panel with a pair of
opposite edges simply supported with wooden beam
supports as shown in Figure 1. The dimensions and mass
of each panel were measured before modal tests. The
average density was 433 kg/m3, with a coefficient of
variance (COV) of 1.5%. The sensitive frequencies were
collected for calculation of the elastic constants. Modal
tests of CLT groups of C-5s-131 and C-7s-220 were
conducted in the laboratory of UNB in the same way.
The average density was 522 kg/m3, with a COV of
2.0%.
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2.3

3.1 K METHOD

MILL TESTS

Other groups of panel specimens were tested before
further CNC processing in the mills. Most of the panels
were full-size without cutting except some small ones
from the factory stock. The panels were tested in the
same way as in the laboratory without weighing.
Average densities from previous measurements of the
same manufacturers’ products in laboratories were used
for calculation. Considering the low COVs of measured
densities of CLT panels in laboratories and the linear
relationship between density and elastic constants, the
calculated elastic constants using mean density are less
than ±5% different from those using true density.

According to the assumptions in [2], the following
equations can be used for calculating the effective global
elastic constants of CLT panels. First, the composite
factors should be calculated.


 h3  h3   h13
k1  1  1  90,   m 2 m34
(1)


h
tot
0,/ / 

3

 hm 2  hm3  4   h13
90,/ /
90,/ /
k2 
 1 
(2)
 
3

htot
0,  
0, 


where k and k are the composite factors for major and
minor strength directions under transverse load,
respectively. 0, // and 90, //, 0, ⊥ and 90, ⊥ are the MOE
of the lumber parallel to grain and perpendicular to grain
in parallel and perpendicular layers in CLT, respectively.
For CLT of series A and B, in which the lamina of all
layers are the same, 90/ 0 equals to 30 based on the
assumption in [11]. m is the total number of layers and hi
is the thickness of the ith layer, htot is the total thickness
of the CLT panel.
Thus, the effective MOE ( ,e ,k and y,e ,k) and G
( y,e ,k) based on k-method can be computed as,
(3)
,e , k  0,//  k1



y ,e , k
090,/ / 

Figure 1: est setup in la oratory an mill

2.4 EXPERIMENTAL ELASTIC CONSTANTS

y ,e , k

The experimental elastic constants, , y and y, of a
CLT panel can be calculated using its measured
dimension, density and sensitive natural frequencies
through an iterative process described in [10].

3 PREDICTION MODELS
Even though advanced plate theories were proposed for
structural design of CLT [13], the design of CLT panels
under transverse load is currently based on beam theory.
The k-method [14] based on the “Composite Theory”,
gamma method (GM) based on the “Mechanically
Jointed Beams Theory” [15] and shear analogy method
(SAM) [16] have been adopted. Details of the methods
can be found in [2]. A summary of the three methods is
presented here.

,

E

,

G090,//

E

,⊥
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Figure 2: Cross section o a i e-layer C
in ormation or i erent metho s

ith imension



0, 

( m 1)/2



 k2

hi 

i 1,3...

(4)
090,  

( m 1)/2



i  2,4...

htot

hi
(5)

where
, and
,⊥ are the shear moduli of the
lamina in parallel and perpendicular layers in CLT,
respectively. For CLT of series A and B, in which the
lamina of all layers are the same,
, equals to
, ⊥.
y,e ,k is called the weighted mean values of all layers
based on thickness of each layer.
3.2 GAMMA METHOD
Gamma method includes the effect of transverse shear
deformation by treating the cross layers as ‘fasteners’
that connect the parallel layers. The effective bending
stiffness including transverse shear effect can be
expressed as,



e ,

( m 1)/2



j

j 1

j

 j

j

j

a 2j 

(6)

where j is MOE of the jth layer in the strength direction
considered, j=2i-1, j is the moment of inertia of the jth
layer, aj is the distance between the center line of the jth
layer and the center line of CLT for a symmetric CLT,
and γj is the coefficient related to rolling shear modulus.





 j  1    2 





j


2

j



 
 
r , j 1   

h j 1

(7)

where is the span and hj is the thickness. r,j is the
rolling shear modulus of the (j )th cross layer next to
the jth layer (j=1, 3), and for j=2, γ =1.
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Therefore, the apparent MOE based on gamma method
can be formulated as,
(8)
 e , / gross
app ,
gross

3
/12 .
 htot

GM cannot give proper effective stiffness in the minor
strength direction by simply applying the same
mechanism that treats the cross layer as a ‘fastener’ and
uses
90, // for calculation. Therefore, GM is
, ⊥ and
only used for predicting the effective bending stiffness of
CLT in the major strength direction.
3.3 SHEAR ANALOGY METHOD
Shear analogy method includes the transverse shear
effect and has been proven to be the best model for
calculating bending stiffness of CLT. First, the effective
bending stiffness is defined as,
n

e ,



i  i 

i 1

hi3 n

12 i 1

i



i



2
i

(9)

where i is the MOE parallel to major or minor strength
direction of the ith layer depending on the strength
direction considered, i is the width of the ith layer and
equals to 1 m for CLT, hi is the height of the ith layer and
th
i is the sectional area of the i layer, i is the distance
th
between the center of the i layer and the neutral axis of
CLT, which can be computed by,
 i
(10)
i 
where is the location of the neutral axis of CLT and i
is the distance from the center of the ith layer to the
outmost surface layer of CLT. can be calculated by
n



(
i 1

i

i

)

i

(11)

n


i 1

i

e ,

n 1

1


i 2

hi
i 

e ,




2 m  m 
hm

e ,

1

s

e ,

s

gross

, which is in fact equal to
.

e ,

e ,

will approach α ( e ,k) with increasing L, and β is
app,
the parameter that quantifies the effect of effective shear
stiffness through the shear factor ( s) and / ratio.

4 RESULTS AND DISCUSSION
4.1 SUMMARY OF MEASURED ELASTIC
CONSTANTS
The mean values of elastic constants of all three series
measured by modal testing are listed in Table 3. As it
can be seen in Table 2, the elastic properties of the
lamina for all three series of CLT panels are similar.
Generally, layup is the most important factor for the
global MOE ( and y) of CLT panels, while the inplane shear modulus ( y) is not greatly affected by
layup and falls into the range between 248 and 701 MPa
for all types of CLT panels. The ratio between total
thickness of parallel layers to the total thickness of cross
layers is the dominant factor governing the values of
and y. A relative higher portion of parallel-to-grain
layer in one strength direction will increase the MOE in
such direction. For instance, B-3s-100 vs B-5s-100 and
B-3s-120 vs B-5s-120, with the same total thickness for
each paired CLT groups, CLT panels with five layers
have higher y value than those with three layers, and a
lower value correspondingly.

i

1

The effective bending stiffness will be used together
with effective shear stiffness for calculation of deflection
of CLT under transverse load. By applying SAM,
apparent MOE ( app, ) values of a CLT beam under
center point loading can be obtained. The apparent
bending stiffness,
app, , is introduced for different
boundary conditions,



e ,k,

can be

(12)
where i is the shear modulus of the ith layer, a is the
distance between the centroid of the surface and bottom
layers.

app ,




where

(14)

i

Second, the effective shear stiffness
calculated as,

 h1
 a2  
2 1 

 
  / 1  2 



app ,

(13)
e ,

e ,

2

14000

# of specimen

Mean

SD

SE Mean

Ex,modal

6

12173

910

372

Ex,static

6

11633

1180

482
Modal
Static

SD: standard deviation, SE: standard error.

12000

(MPa)

where

where s is 14.4 for concentrated load at mid-span with
pinned supports at the two ends [2], is the span of the
specimen.
can be simplified as,
app,

10000

8000

1

Figure 3: o C
static test metho s

2

3

4

Specimen #

panels o series

measure

5

6

y mo al an

The comparison of dynamic and static
values of CLT
panels of series A (Figure 3), shows that the measured
modal values are on averagely 4.9% higher than those
obtained by four-point bending tests. The results once
more proved the accuracy of the proposed modal testing
method. Also, based on results from series C CLT panels
it can be noted that the homogenisation of the panel

WCTE 2016 e-book | 1033

increases with the increase of layers. The COVs of , y
and y of panels of C-5s-175 panels are 2.6%, 8.1% and
5.8%, respectively, while the corresponding COVs for
Table 3:

C-3s-105 panels
respectively.

are

4.6%,

12.8%

ean alues o measure elastic constants an correspon ing pre ictions y three metho s o all C

Panel Type
A-3s-120
B-3s-100
B-3s-120
B-5s-100
B-5s-120
B-5s-150
B-5s-160
B-5s-200
B-7s-2-220
B-8s-2-300
C-3s-78
C-3s-97
C-3s-105
C-5s-131
C-5s-175
C-7s-220

y

511
(3.7%)
1074
786
2724
(3.0%)
1611
1197
1370
2459
1235
939
1090
277
711
(12.0%)
2293
2201
(8.1%)
2488

y

411
(4.9%)
644
701
620
(5.0%)
593
607
621
564
495
452
405
248
518
(27.6%)
542
543
(5.8%)
338

32.3%

groups

Predicted elastic constants (MPa)
k-method
GM
SA

Measured elastic constants
(MPa)
12173
(7.5%)
10761
10010
8470
(3.6%)
9369
10556
10242
8379
10200
10171
11174
10341
10393
(7.1%)
9657
9268
(2.6%)
9873

and

y

y

y

10606

764

690

10309

10081

637/ 747*

10320
10606

1050
764

690
690

10214
10479

10175
10393

1023
747

8789

2581

690

8679

8724

2481

9720
10005
9837
8789
10066
10121
11245
11454

1650
1365
1533
2581
1304
1249
734
576

690
690
690
690
690
690
674
684

9626
9837
9689
8601
9849
9478
10925
11064

9631
9752
9587
8596
9720
8903
10692
10721

1550
1259
1402
2152
1171
942
726
568

11278

709

675

10741

10363

697

9249

2241

662

8674

8418

1570/ 2135*

9329

2181

664

9195

9204

1937

9007

2462

669

8708

8359

996/ 2331*

Note: Values in the bracket refer to the coefficient of variance if sample size is larger than 5. Only the results of CLT panels with a
length to thickness ratio more than 30 were averaged and presented for groups C-3s-105 and C-5s-175. * were calculated using an
imaginary width of 3 meters.
Table 4: Reporte in-plane shear mo ulus alues o C
panels

Layup (mm)
30/30/30
29/29/29
30/30/30
17/32/19/32/19
28/30/30/30/30
40/19/30/19/40
31/19/20/19/31
40/19/40/19/40
30/30/30/30/30/30/30

Edge bond/
Gap
Y/N
N/N
N/ 6mm
N/N
N/N
N/N
N/N
N/N
N/N

min.
568
388
273
462
485
423
464
357
416

Note: Y and N stand for yes and no, respectively.

y (MPa)
mean max.
637
706
469
536
311
341
515
589
524
599
449
482
532
613
432
516
469
501

For in-plane shear modulus, the y values of series A
three-layer CLT, with a minimum of 381 MPa, a mean
of 411 MPa and a maximum of 433 MPa, fall in the
range of reported y values [17] (Table 4) of three-layer
CLT without edge bonding and gaps. In the case of
series B CLT panels with edge bonding, the average y
of 672 MPa for three-layer CLT (B-3s-100 & B-3s-100)
is close to the y value (637 MPa) reported by Dröscher
[17] for three-layer CLT with edge bonding. Also, it
seems that the y values of series B CLT decease with
the increase of layer and total thickness. Though there
was a limited number of specimens (one or two) tested

for some groups, the trend is quite similar to that
reported in [6, 17], where the five-layer CLT panels
possess a higher
y values than seven-layer CLT.
Within the groups of five-layer CLT in series B, thicker
panels have similar or a slightly smaller y values. For
series C CLT without edge bonding and with
nonuniform gaps, the average y value of group C-3s105 is 518 MPa with a minimum of 333 MPa and a
maximum of 658 MPa and the mean y value of group
C-5s-175 is 543 MPa with a minimum of 497 MPa and a
maximum of 611 MPa. The mean y value of group C7s-220 is 338 MPa with two specimens tested. In [17],
the specimens were manufactured in laboratory for a
scientific study, the gaps or no gaps were very well
controlled, while those CLT without edge bonding in
series C were produced in factory without special care
paid to gaps. It can be concluded that the y values of
series C CLT have the same characteristics with those in
[17] without edge bonding. y value increases a little
from three-layer to five-layer and then decreases with the
number of layers as shown in Table 3 and 4.
4.2 NDT MEASUREMENTS VS PREDICTIONS
The above described prediction models have been
adopted for structural design of CLT under transverse
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The measured elastic constants of each group of CLT are
compared with the predicted ones by the k-method,
which is capable of computing all three corresponding
elastic constants. The predicted values are listed in Table
3 and the differences to measured values are plotted in
Figure 4. For most of the panels with a length to
thickness ratio larger than 30, the measured mean
and
y values agree quite well with corresponding predicted
values by the k-method. The predicted can be up to 13%
lower and 11% higher than the measured , and the
difference between predicted and measured y values can
vary from -33% to 49% if group C-3s-97 is ignored,
which had large gaps on top and bottom surface layers
and cracks in cross layer. It is thought the large gaps
caused exceptionally low y and y values of group C3s-97. Apart from y of groups A-3s-120, B-8s-300 and
C-3s-78, for other groups of CLT panels with large
length/ width to thickness ratio, the k-method predicts
and y with reasonable accuracy with a relative
difference of less than 10% and 15%, respectively.
However, the k-method is not capable of predicting y
of CLT panels with a reasonable accuracy, with only
type B CLT panels with three and five layers show a
difference of less than 20%. The other groups of CLT
panels have much smaller measured
y values than
predicted. It appears that neither the k-method nor the
static bending test method is capable of accounting for
the effect of edge bonding and gaps. Plate modal test
method applied to full-size CLT panels has shown
promise to be adapted as the most appropriate test
method to characterize y.

As stated in section 3, both GM and SAM can include
the transverse shear effect for predicting the effective
bending stiffness of CLT in the major strength direction.
Compared with k-method, GM results of
are slightly
lower for most of the CLT panels tested. The SAM
results of
are lower than GM results, but both are
quite close to each other for most of the CLT panels with
a large length to thickness ratio. For CLT groups B-8s-2300, C-5s-131 and C-7s-220, whose length to thickness
ratios are 25, 36 and 38 respectively, the GM predicted
are 7%, 10% and 12% lower than measured ones,
respectively, and SAM predicted
are 12%, 13% and
15% lower than measured ones, respectively. The SAM
accounts for a larger effect of transverse shear than GM
when length to thickness ratio is small. CLT panels in
group C-3s-105 covered a wide range of length to
thickness ratio from 28 to 105, and they were used in
studying the effect of transverse shear on the elastic
properties of CLT panels. As it can be seen in Figure 5,
the measured apparent
ranges from 6757 to 11135
MPa because the NDT method is based on the transverse
vibration of thin orthotropic plate theory which ignores
the transverse shear effect. The fitted curve using the
maximum measured
and Eq. (14) is lower than GM
and SAM curves based on α
, e , k and Eq. (14). It is
not clear how big the effect of transverse shear is on the
measured values, since the tests were conducted on
different panels rather than one panel with different
lengths. Again, the predictions based on GM and SAM
can describe the trend but cannot predict the actual
values. Both GM and SAM curves show a rapid decrease
of , app when length is smaller than 4 meters (length/
thickness ≈ 40) for C-3s-105.

, app

load, using lamina elastic properties in design standards
or technical approval documents. It is worth noting that
the actual properties of the lamina used in production
may differ from the published design values, and there is
currently no requirement to perform online measurement
of lamina elastic properties. Moreover, processing
parameters, such as edge bonding, gaps and relieve cuts,
and workmanship will affect the global elastic constants
of CLT panels. Therefore, non-destructive online quality
testing for full-size CLT panels would be beneficial to
ensure that commercial CLT panels consistently meet
their design specifications.
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By applying the same analysis method on CLT panels in
group C-5s-175, it can be seen in Figure 6 that the
measured apparent
matches with prediction by SAM
quite well and GM gives a higher apparent value with
short span than SAM and NDT measurements.
Compared with CLT panels of C-3s-105, those of C-5s175 have three parallel layers in the major strength
direction with one of them as the middle layer.
Therefore, the transverse shear modulus of C-5s-175 is
higher than that of C-3s-105 [9].
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products, although properties of five-layer and sevenlayer CLT panels predicted by SAM exhibit some
influence by panel width. It is known that transverse
shear modulus in the width-thickness plane ( y ) is not
as low as that in the length-thickness plane ( ), and the
frequency mode chosen for calculating y is not sensitive
to y for the NDT method. It is questionable to use
SAM for predicting the effective stiffness of CLT in the
minor strength direction with short spans, though it is not
the case for current application of CLT panels. If CLT
panel is designed to have a two-way behaviour, then
more in-depth investigations on the properties in the
minor strength direction are needed.

In addition, as more layers are used in the parallel layer,
the effect of transverse shear on the measured
values
is not as much as GM and SAM predicted such as in the
case of B-8s-2-300 with a length to thickness ratio of 25.
B-8s-2-300 can be treated as five-layer CLT with a large
portion of parallel layers. The results indicate that using
double parallel layers has a strengthening effect in the
major strength direction but can reduce the transverse
shear deformation especially with a parallel layer in the
middle layer where the shear stress is the maximum.
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Some CLT producers apply edge bonding for the reason
of air-tightness and rain resistance as well as better inplane shear performance and better quality while others
leave the edges free for shrinking and swelling spaces
[1]. According to the results presented above, it can be
found that edge bonding has little effect on , but it may
affect y and would surely increase y. For example, B3s-120 with edge bonding has higher y and y values
than A-3s-120 without edge bonding, but both types
have same layup and similar lamina properties. With the
same number of layers, the y values of type B panels
are generally higher than those of types A and C panels.
This finding agrees well with other research studies by
static test methods [6-7, 17]. Without edge bonding and
with gaps, the COVs of measured elastic constants
values are high, such as 12.8% and 29.2% of y and y
values in group C-3s-105, whereas for group A-3s-120
without gaps, the corresponding COVs are 3.7% and
4.9%, respectively. CLT panels of series B have even
lower COVs of measured elastic constants than those of
series A. Thus edge bonding can help to reduce
variability in CLT properties. Besides, edge bonding and
the existence of gaps can affect the accuracy of
prediction models such as the k-method. As shown in
Figure 4, k-method works better with series B panels
than other series that had no edge bonding.

CONCLUSIONS
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In Table 3, SAM results in lower y values of CLT than
those obtained by k-method because of the effect of
transverse shear. The effect of transverse shear is
different for CLT panels with different layups and
widths as shown in Figure 7. The width of CLT panels
tested in this study varies from 0.9 to 3.0 meters,
correspondingly the width to thickness ratio varies from
4.6 to 31.7. For A-3s-120, B-5s-200, B-8s-300, C-5s-131
and C-7s-220 CLT panels, the SAM results are more
than 20% lower than NDT measurements. However, the
NDT measured values of each group do not change
much within the common range of width of CLT

3.5

The elastic constants of industrial size CLT panels were
measured by a modal test method in this study. The
measured elastic constants were used to evaluate
different prediction models. It was found that for CLT
panels with large length to thickness ratio, all three
prediction methods are valid for calculating effective
bending stiffness in the major strength direction. SAM is
a better choice than the other two when CLT has a small
length to depth ratio. However, the accuracy of SAM on
predicting effective bending stiffness is influenced by
layup and edge bonding. The k-method can provide
effective bending stiffness in the minor strength
direction close to the NDT measured value, while SAM
may include an over-estimated transverse shear effect for
CLT with a small width to thickness ratio. In-plane shear
modulus is greatly influenced by edge bonding and gaps,
and cannot be well predicted by k-method.
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The proposed vibration-based NDT method by modal
testing is efficient for measuring the elastic constants of
industrial size CLT panels. The minimum length to
thickness ratio required for appropriate elastic properties
measurement depends on layup and is suggested as 40,
35 and 30 for three-, five- and seven-layer CLT,
respectively. For panel with a small length to thickness
ratio, a modified method that consider the effects of
transverse shear modulus is required.
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Bending Stiffness and Capacity of Multilayered Structures (1D)
Thomas Moosbrugger1, Theodor Guggenberger2, Harald Krenn3
ABSTRACT:
Within this paper the material and structural influences of orthogonal to the span oriented outer layers of multilayered
plates are investigated. Therefor the influences on the bending stiffness and the bending capacity are examined.
Theoretical investigations and practical tests on multilayered plates with one to three layers were performed. Based on
the existing regulations and design procedures, the influence on the material properties will be shown and discussed.
KEYWORDS: timber engineering, cross laminated timber, CLT, SWP, cracked tension zone, MOE

1 INTRODUCTION 123
Solid wood panels (SWP) and cross laminated timber
(CLT) are generally subjected to CE marking according
to ON EN 13986 [1] and to ON EN 16351 [2]
respectively. In addition to the harmonized product
standards national approvals, e.g. [3] for SPW, are used
to declare and calculate SWP or CLT in structural timber
engineering according to ON EN 1995-1-1 [4]. The
determination of the characteristic cross-section
properties (bending stiffness and bending capacity) is
based on linear elastic material behavior. Different linear
beam theories from the field of structural mechanics are
used. From the point of its transversal stressing in the
cross layers, the two mentioned structural products
(SWP and CLT) are treated significantly different. SWPs
are calculated with reduced material values based on the
full cross-section (gross cross-section). CLT plates are
calculated with net cross-sections based on real single
layer (SL) material properties. The characteristic
representative cross-section properties for the two
mentioned products are determined on the following
basics.
1.1 DETERMINATION OF THE CROSSSECTIONAL PROPERTIES
1.1.1 SOLID WOOD PANEL – SWP
The mentioned technical approvals for SWP are based
on the so-called “structure assembling factors” by
Blass [5] to take into account the internal structure of the
multi-layered plate assembling.
The cross layers (CL, =90°) are provided with the
modulus of elasticity E90 ≠ 0, that means that they are
theoretically fully effective and therefore not neglected
in the calculation. The potential increase of load bearing
capacity and stiffness for SWP is experimentally
investigated and evaluated for the gross cross-section.
This approach leads to the so called equivalent total
cross-sectional moment resistance which is used for
1

Thomas Moosbrugger, Rubner Holding AG, Italy,
thomas.moosbrugger@rubner.com
2
Theodor Guggenberger, Rubner Holding AG, Italy
3
Harald Krenn, KLH Massivholz GmbH, Austria

design. Precise knowledge about the effects of the cross
layer (ft,90 <<) is not taken into consideration. This
concept has proven itself in the past, therefore for SWP
it is not required to define layer-related material
properties. The reference cross-section for the evaluation
of the experimental tests and for the design of the SWP
according to ON EN 1995-1-1 [4] is the homogeneous
overall gross cross-section of the SWP.
1.1.2 CROSS LAMINATED TIMBER – CLT
For the design of CLT different theoretical calculation
models are considered thereby various assumptions are
used for the different theories. The key assumption when
designing CLT is to neglect the extensional stiffness of
the cross layers (see [6] and [7]): MOE of cross layers
E90 = 0. This assumption is justified by the fact that for
existing standard build-ups, the internal cross layers do
not influence the overall structural behavior
significantly. In addition, the static equilibrium can also
be fulfilled in the case of cracked cross layers (cf. single
board joints at the narrow faces). The assumption G90 = 0
for cross layers is definitely not allowed since it is
essential to fulfill the internal static equilibrium within
the cross-section. When evaluating material parameters
of CLT based on static fracture tests, no clear regulations
for the handling of the materials properties of the
individual cross layers of CLT are given. In contrast to
the procedure for SWP, layer dependent material
properties are evaluated from experimental investigation
and declared as single layer properties (see
ON EN 16351 [2]). Due to the commonly used test
configuration these layer dependent defined material
properties also include the stiffness and load bearing
effects of the cross layers existing in reality. In
particular, the extrapolation of the experimental results
to CLT cross-sections with very unusual cross-sectional
geometries (layer thicknesses and thickness ratio,
orientation of single layers) has to be performed very
wisely under considering of the model assumption.
When carrying out a 4P-bending test, there are in
principle (4 x n) independent material constants (E0, E90,
G0, G90) for the cross-section. Where n is the number of
single layers. This high number of unknown elastic
constants cannot be handled without difficulties on the

WCTE 2016 e-book | 1038

basis of one 4P-bending test. In order to determine these
design relevant unknown material parameters, the
following simplified procedure is typically employed:
1) The material properties of the individual layers
with identical grade class can be kept constant
by definition (despite high variance).
2) The shear modulus in grain direction (G0) and
the MOE perpendicular to the grain (E90) are
defined for all individual layers by definition
according to the grading classes.
3) In case of equal properties of the individual
layers only two unknown material parameters
(E0 and G90) remain to be determined.
According to the concept of designing CLT (E90 = 0 or
E90 > 0) there are two different possibilities of evaluation
of tests available:
 Assumption to neglect E90: E90 = 0
 Definition of fixed E90:
E90 > 0
Weather the negligence of cross layers has a significant
influence or not cannot be clearly answered currently
due to the lack of scientific works and publications on
this topic. Especially for CLT with exceptional build-up
like a 3S configuration with individual layer thicknesses
of 80/40/80, these issues should be solved in the future.
Due to a more frequent occurrence of thick outer layers,
a significant negative influence on the total load bearing
capacity orthogonal to the main direction could occur.
1.2 CRACKING OF CROSS LAYERS INDUCED
BY OVERSTRAINING AND MOISTURE
CHANGES (DURABILITY)
In addition to different strategies for the declaration of
the characteristic performance values of the products
under consideration, the above mentioned differences in
the model assumptions should be accounted for.
Furthermore, answers to particular effects resulting from
cracking of the transverse layers during the life cycle
should be given. In addition to moisture induced
cracking of the cross layers, particularly cracking of the
cross layers induced by local overstraining (ft,90,k <<) on
low load levels in the load range of the serviceability
limit state have to be investigated. A precise definition of
the mentioned overstraining is given in detail under
section 2.

2 FORMULATION OF THE PROBLEM
2.1 SYSTEMIC EFFECTS OF OUTER LAYERS
(CL) ON THE CHARACTERISTIC CROSSSECTIONAL PROPERTIES

2.1.1 MATERIAL AND STRUCTURAL
INFLUENCES
Currently the influence of cracks within the cross layers
on the load bearing capacity and the deformation
behavior of multilayered products, is not sufficiently
verified by testing. This primarily affects positive and
negative system effects of the cross layers on the
longitudinal layers (layers with grain direction parallel to
the span). Thereby positive effects can occur through
solidary behavior of parallel stressed components (load
distribution), also known as ksys according to
ON EN 1995-1-1 [4], section 6.6. Negative effects on the
load bearing capacity may occur from thick outer layers.
Because of the transverse bending stiffness of the

boards, unneglectable stresses perpendicular to the glue
line between first and second outer layer may appear.
Obviously an interaction between tension and tension
perpendicular to grain in the first glue line of crossing
layers is present. This phenomena theoretically shows a
strong dependence on the thickness of the outer cross
layer and implies cracked tension zone cross layers to
activate the transverse bending effect of the board.
2.1.2 THEORETICAL INFLUENCE OF E90 ON
THE STRESSES OF THE LONGITUDINAL
AND CROSS LAYERS
The method of test evaluation (E90 = 0 or E90 > 0) has a
strong influence on the determined characteristic crosssectional properties. The applied evaluating theory
implicitly defines the applicable design method.
The following example shows the clear influence of the
transverse layers on the properties of a single layer. The
calculation in the example is carried out applying the
rigid composite theory under assumption that the
Bernoulli hypothesis is valid:
CLT: 3S (C/L/C) = (40/40/40) mm, b = 1000 mm with
MR,Test = 11.95 kNm:
 case 1: E0 = 12000 N/mm², E90 = 400 N/mm²
→
σML = 24.0 N/mm², σRL,R = 2.4 N/mm²,
σRL,SP = 1.6 N/mm²;
 case 2: E90 = 0
→
σML = 44.8 N/mm², σRL = 0.0 N/mm²;
The difference in the resulting bending stress of the
longitudinal layer shows a magnitude of 2. If the test
evaluation is performed based on the assumption of
E90 = 0, followed by a design procedure taking into
account the wrong assumption E90 > 0, enormous
problems in structural safety could occur (see figure 1).

Figure 1: Normal stress distribution over cross-section for two
cases of E90: magenta - E90=400 N/mm², cyan - E90=0 N/mm²

2.1.3 STRESS-RELATED EFFECTS OF CROSS
LAYERS
In addition to these systemic mechanical influences for
SWP or CLT, cracks induced by swelling, shrinking and
the low tensile strength perpendicular to grain (ft,90,k) will
occur in the cross layers during the life cycle. This is
particularly important for 3S layered elements loaded in
their weak direction, where the tension stresses perp. to
the grain could be considerable. As mentioned above,
these cracks are caused by local moisture changes and
due to possible tension stresses near the maximum load
at serviceability limit state level during the life cycle.
Taking into account 1 / (Q,G · M) the maximum load
level in serviceability state results in a percentage
between
1 / (1.5 · 1.25) = 53%
and
up
to
1 / (1.35 · 1.25) = 59% related to the ULS level. If the
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factor kmod is taken into account unfavorably (permanent
load), the SLS level would have to be reduced to a value
between 0.53 · 0.6 ≈ 35 % and 0.59 · 0.9 ≈ 48 %. These
load levels calculated according to [8] and [9] are higher
than the correspondent levels used for determination of
the stiffness properties according to ON EN 408 [11].
2.2 SYSTEM RELATED CRACKING VS.
COMPONENT STIFFNESS – INFLUENCE ON
SLS DESIGN
The evaluation of the bending stiffness characteristics of
a SWP or a CLT cross-section is carried out according to
ON EN 789 [10] or ON EN 408 [11] in the linear elastic
range of 10% to 40% of the cross-sectional resistance
based on a regression analysis. According ON EN 408
[11] the threshold of 40 % must not be exceeded. For the
above mentioned example (case 1: C/L/C=40/40/40) this
means that the determination of the bending stiffness is
carried out with theoretically cracked parts of the cross
layers (normal stress in the center of gravity of the cross
layer: 1.6 · 0.1 = 0.16 N/mm² to 1.6 · 0.4 = 0.64 N/mm²).
For a 3S-cross-section (C/L/C=15/40/15) the stresses of
the outer cross layer are calculated to 0.45 N/mm² when
a load level of 40% of M k,max is assumed. Thus cracking
of the tension zone will not be present in the outer cross
layer. How far the cracking due to local overstressing
has a negative influence on the linear elastic stiffness
properties and on the verification procedure in SLSdesign, is a vital part of this investigation.
For structures in reality it could happen that the
characteristic design level (ULS) is already reached at
t = 0, meaning a cracking of the cross-layers is provoked
in an early stage of the buildings life cycle.
2.3 AIM OF THE WORK
Within this work the mentioned systemic effects and
influences of the cross-sectional properties (flexural
strength and stiffness) due to the orthogonal composite
are analyzed. Therefor no separate examination of the
effects (load level and tension perp. to grain) was done, a
technical separation when performing tests is in principle
currently impossible.

carried out on the basis of a three layered cross-section.
The relevant stresses have been investigated. This is
particularly necessary to clarify the influence of the
model differences in the practical design of structural
components.
3.2 COMPARISON OF METHODES
The calculation of the stresses takes place for the
following geometrical ratios: 4P-Bending configuration
with 3 · 300 mm distance between load introduction
points; 1S (L), 2S (C/L) and 3S (C/L/C = 20/40/20). The
material parameters were chosen as follows:
E0 = 12000 N/mm², E90 = 400 N/mm², G0 = 700 N/mm²,
G90 = 65 N/mm². In addition to single point loading (PL)
also a local distributed load introduction (line load: DL –
20 mm) was modelled.

Figure 2: Normal stress distribution over cross-section (plate
thickness direction): 4P-Bending Test (load introduction zone):
1, 2 and 3 layered beam, h = 40 to 80 mm

3 CALCULATION METHODES FOR
MULITLAYER STRUCTURES
3.1 CALCULATION METHODES
For the determination of the characteristic crosssectional properties (bending strength and bending
stiffness) from bending tests as well as for the design of
multilayered cross-sectional structural components, the
following linear elastic calculation methods are currently
typically used in practice:
 Eulerian-Bernoulli beam – composite theory [4]
 Modified composite theory [5]
 Composite theory according to Schelling [12]
 Shear Analogy according to Kreuzinger [13]
 Thimoschenko beam – shear correction factor [6]
 Analytical 3D multilayer models [14]
 Finite Element Analysis
Within a comparison, the calculation methods [4], [5]
and [14] were compared and the model relevant
differences have been shown. The calculation was

Figure 3: Normal stress distribution along the beam axis: 4PBending Test (load introduction zone): 1, 2 and 3 layered
beam, h = 40 to 80 mm

For the examined component geometry it can be stated
that, when considering the shear deformation of the
individual layers, the local normal stresses in the area of
load introduction points (L/3 along the beam axis)
increases by about 10 % (based on the Euler-Bernoullibeam). If the local load introduction is modeled with a
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distributed load of 20 mm length (H/4), the local normal
stress increases in the range between 3% and 4%. Due to
the generally high slenderness of SWP and CLT
components, the influence from shear deformation is not
relevant. Thus, a plane cross-section can be assumed. As
shown in Figure 2 and 3, an evaluation of the bending
strength on the basis of geometrical ratios according to
ON EN 408 [11] or ON EN 789 [10] can be done in
good approximation by excluding the shear deformation
of the single layer and without modeling a distributed
load introduction. This is furthermore justified by the
fact that test specimens with bending failure in the load
application area were excluded from the test analysis and
in accordance with figure 2 and 3. Furthermore,
concentrated point loads do not exist in reality.

4 TEST & TEST ANALYSIS

In addition to the theoretical model considerations,
experimental studies were carried out to determine the
above-mentioned factors (cracking of cross layers due to
tension perpendicular to grain). Thereby the influences
on the cross-sectional stiffness and cross-sectional
bending resistance (1D-plate strip) for different crosssectional structures were investigated.
4.1 TEST PROGRAM
The complete test program included three single series
(series 1 to 3). All three series comprises four subseries
(1S, 2So, 2Su, and 3S-plates). If present, the outer layers
show an orthogonal orientation. The test specimens of
sub-series 2S include different cross-section build-ups
with bottom and/or top cover layers (CL) (2So, 2Su)
according to the following sketch.

ft,k = 13 N/mm²,
Et,mean = 10000 N/mm²
and
k = 345 kg/m³. Within the individual layers, except for
the specimens of subseries 1S, the narrow faces were not
glued together. All specimens were produced with single
boards from the same basic population.
4.2.2 TEST SERIES 3
The specimens of series 3 were made of CE marked
single layer panels (1S SWP) with a thickness of 20 mm
for the cover layers (CL) and 40 mm for the middle layer
(ML). The grade class was S13 in accordance with
DIN 4074 [15]. According to ON EN 13353 [16], the
following properties are required: fm,k = 40 N/mm²,
E0,mean = 8500 N/mm², k = 410 kg/m³. Starting from 1S
plates the 2S and 3S test specimens were produced after
determining the respective individual layer properties
(see test procedure in section 4.3). In contrast to the
series 1 and 2, the bending strength was not determined
for the cross-section types 1S, 2Su and 2So. This
situation (no bending strength of 1S and 2S) is justified
with the following fact: The 1S and 2S specimens were
tested within the elastic range to evaluate the stiffness
properties. The so tested components were used to
produce
the
thicker
cross-section
specimens
(1S + 1S → 2S, 1S + 2S → 3S) subsequently. Thus the
stiffness characteristics of the individual layers of the 3S
cross-sections were well known before the final fracture
tests of the 3S specimens were performed. So bending
strength and stiffness were only tested at the final 3S
cross-sections.
4.3 TEST PROCEDURE
The test setup for determination of the cross-sectional
bending resistance and stiffness of the single specimens
was defined based on the fundamentals of
ON EN 789 [10]. In addition to the ultimate load, the
local bending deformation was measured in the middle
third of the test specimen to determine the bending
stiffness. In addition to the mechanical properties, the
density and wood moisture content of the specimens
were determined as part of the experimental procedure.

Figure 4: Test specimens with different cross-sections 1S, 2So,
2Su, and 3S (where S means layer)

In Table 1 the geometrical dimensions and the crosssectional build-up as well as the number of individual
specimens are summarized.
4.2 PRODUCTION OF TEST SPESIMENS
All specimens have been produced in a standard CLTvacuum press using a 1K PUR adhesive. The test
specimens were cut to the final dimensions with an
automatic panel saw.
4.2.1 TEST SERIES 1 AND 2
All specimens of series 1 and 2 were produced
simultaneously from machine graded individual boards
of grading class L23. L23 according to ITT/85/10/07:

Figure 5: Test configuration: 4P-Bending Test: 1S, h = 40 mm

4.3.1 TEST PROCEDURE FOR SERIES 1 AND 2
The prepared test specimens were tested using a
hydraulic testing machine according to the specifications
of ON EN 789 [10].
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Table 1: Overview: Geometry, Assembling, Test configuration

tr_u

h

h/h3s

L

L1

L2

L3

[mm]

[mm]

[mm]

[mm]

[mm]

[mm]

[-]

[mm]

[mm]

[mm]

[mm]

[-]

[-]

52
52
52
55
39
39
39
39
24
48
48
96

300
300
300
300
300
300
300
300
295
295
295
295

60
60
60
60
80
80
80
80
80
80
80
80

15
15
0
0
20
0
20
0
20
0
20
0

30
30
30
30
40
40
40
40
40
40
40
40

15
0
0
0
20
20
0
0
20
20
0
0

60
45
30
30
80
60
60
40
80
60
60
40

1,0
0,8
0,5
0,5
1,0
0,8
0,8
0,5
1,0
0,8
0,8
0,5

900
900
900
900
1100
1100
1100
1100
1100
1100
1100
1100

300
300
300
300
400
400
400
400
400
400
400
400

300
300
300
300
300
300
300
300
300
300
300
300

300
300
300
300
400
400
400
400
400
400
400
400

15,0
20,0
30,0
30,0
13,8
18,3
18,3
27,5
13,8
18,3
18,3
27,5

30,0
30,0
30,0
30,0
27,5
27,5
27,5
27,5
27,5
27,5
27,5
27,5

4.3.2 TEST PROCEDURE AND PRODUCTION
OF SERIES 3
Contrary to the series 1 and 2, the stiffness
characteristics were evaluated for sub series 1S, 2S and
3S of series 3 for both bending directions (negative and
positive moments). The exact process of the preparation
and examination can be summarized as follows:
1) Testing of 2x48 ML (1S: 40 mm) in positive &
negative bending direction (subseries 1S) to
obtain the bending stiffness.
2) Glue the upper CL on the ML 1-24 and the
bottom CL on the ML 25-48.
3) Testing of 2x2x24 2S specimens in positive &
negative bending direction (subseries 2Su/o) to
obtain the bending stiffness.
4) Removing the ML from the 2S specimens with
ML 25-48 with a planer and gluing the obtained
CL onto the 2S specimens with ML 1-24 to
produce 3S cross-sections.
5) Testing of 2x24 3S specimens with ML 1-24 in
positive & negative bending direction (subseries
3) to obtain the bending stiffness.
6) Final fracture test of 24 3S specimens for the
positive bending direction to obtain the bending
stiffness and the bending strength.
7) Additional fracture test of 24 1S specimens
from the same 1S population.
Based on this approach, the mechanical properties of the
layers were determined step by step. The maximum load
level for the single test cycles for subseries 1S and 2Su/o
was defined with 50 % of the estimated ultimate load of
subseries 3S, to obtain cracked exterior cross layers (see
figure 10, based on the regulations in ON EN 383 [18]).
4.3.3 PHOTO DOCUMENTATION OF SERIES 3
In figures 6 to 9, a photo documentation of the testing for
the various subseries is shown.

L/tm

tm

[-]

L/H

tr_o

Ratio

h3S

3

test config

b

2

3S
2S DL u
2S DL o
1S
3S
2S DL u
2S DL o
1S
3S
2S DL u
2S DL o
1S

layer assembling

number

1

typ

code

Series

Figure 7: Test specimen: 4P-Bending Test: 2Su, h = 60 mm

Figure 8: Test specimen: 4P-Bending Test: 2So, h = 60 mm

Figure 9: Test specimen: 4P-Bending Test: 3S, h = 80 mm

4.3.4 DOCUMENTATION OF TESTS
As part of the experimental procedure, the geometric
dimensions, the density, the moisture content, the
stiffness properties and bending strength were
determined for each test specimen. The entire production
and the overall experimental procedure were
documented by photos and handwritten protocols.
4.3.5 TEST EQUIPMENT
The following test equipment was used for all tests:
 Inductive
transducer
for
displacement
measurement, LTM100S, Gefran
 Load cell, 200 kN, LT50 A1, S2 Tech Srl
 Hydraulic
test
machine
(displacement
controlled)
4.4 TEST ANALYSIS: Series 1 bis 3
All subsequent statistical analyzes were performed with
the software package R version 3.2.3.

Figure 6: Test specimen: 4P-Bending Test: 1S, h = 40 mm
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4.4.1 EVALUATION OF INDIVIDUAL TESTS
AND ANALYSIS OF REPEATABILITY
Based on the load-displacement diagrams, the evaluation
of the test results was carried out on the basis of an
Euler-Bernoulli-beam.
For the specimens of series 1 to 3, the evaluation of the
material properties (bending strength and stiffness) was
carried out for each test specimen based on relationships
according to ON EN 408 [11]. Figure 10 shows the loaddisplacement diagram for specimens 11 of series 3 (3S
with 80 mm depth). The curve in red shows the final
fracture test which was used for the determination of
stiffness and bending strength of series 3 with 3S crosssection. As described before (4.2.2), the bending
stiffness for specimens of series 3 was tested for positive
and negative bending direction at an estimated stress
level of about 35-55% of the predicted ultimate load of
subseries 3S.

been applied. The MOE was corrected to reference MC
using 2% / % U in accordance with ON EN 384 [19].
According ON EN 384 [19], a modification of the
bending strength was not required.

Figure 12: Test series 3: 1S: difference in modulus of elasticity
for positive and negative bending direction

4.4.3 DETERMINATION OF CHARACTERISTIC
MATERIAL PROPERTIES (MOE AND
BENDING STRENGTH)
Using the example of Test Series 3 (3S with 80 mm), the
test results are shown in figure 13:

Figure 10: PK 11 series 3: 3S: load-displacement curve
without preloading for positive loading: (blue: first test without
crack in pos. direction, red: final test with cracks in pos. dir.)

The repeatability of the tests is well demonstrated with
the example of 3S cross-sections of series 3 and the
discrepancies are shown in figure 11. Averaged over all
specimens of series 3 there is a good correlation between
the results for each test specimen for repetition of first
(stiffness) and second test (stiffness and strength). A
variation in the range of 2.5% was observed.

Figure 11: Test series 3: 3S: variance for the repeatability
between 1 and 2 test

4.4.2 MOE: TESTING POSITIVE AND
NEGATIVE BENDING
From the performed double tests for all specimens 1S of
series 3 (positive and negative bending) it can be stated
that 50% of the specimens show a maximum MOE
difference of 4%. The relevant test result for all the
mentioned specimens are shown in figure 12.
For the individual test results, the moisture correction
with respect to the reference humidity of u = 12% has

Figure 13: Test series 3 3S: Test results for MOE

In addition to the empirical density distributions, the
normal and log-normal distributions are given as well.
The accordance between the empirical distribution and
the lognormal distribution could be confirmed with a
value for the test statistic of D = 0.097194 with a p-value
of 0.96 > 0.05. The LOG-normal distribution was used
as basis for the evaluation of the test data.
The characteristic material parameters were determined
for all test series according to ON EN 14358 [17], see
figures 14 and 15. The obtained coefficient of variation
ranged between 8% and 9% for series 3. This low value
is a result of the stiffness oriented selection of the raw
material.
4.4.4 THEORETICAL MATERIAL PROPERTIES
OF A SINGLE LAYER
In addition to the determination of the characteristic
values of all series, the theoretical material properties for
the single layers (middle layer and outer layer) were
calculated based on the test results from 1S and 3S
specimens. The two cross-section-related characteristic
material parameters of the 1S and 3S specimens can be
transformed into two layer-related material parameters Ei
explicitly. Based on the individual layer properties the
theoretical homogenized effective cross-section stiffness
parameters for the 2S cross-sections were calculated
based on Eulerian-Bernoulli theory. The calculation is
shown in Table 2.
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Table 2: Details for calculation of single layer properties and homogenized effective cross-section stiffness (2S) for test series 3

series 3
definition
Series

Typ

4
2
3
1

3S
2S DL u
2S DL o
1S

H
[mm]
80
60
60
40

L
L
L
L

B
[mm]
300
300
300
300

Calculation of Modulus of Elasticity
Typ
Emodul
4 E3S_80
13788 [N/mm²]
tm/h
0,500
[-]
1 E0=E0_40 11714 [N/mm²]
-> E90
296 [N/mm²]

Calculation of the increasefactor of the Modulus of Elasticity
geometry
E-modulus
Ratio Emodul
Normal
Lognormal
Normal
Lognormal
tr
tm tm/h Emean E 5% Emean E 5% Emean E 5% Emean E 5%
[mm] [mm] [-] [N/mm²] [N/mm²] [N/mm²] [N/mm²]
[-]
[-]
[-]
[-]
20
40
0,5
13788 11660 13789 11843
1,18
1,21
1,18
1,21
20
40
0,5
12825 10651 12826 10825
1,09
1,11
1,09
1,11
20
40
0,5
12948 10604 12950 10799
1,11
1,10
1,11
1,10
20
40
0,5
11714
9607
11715
9775
1,00
1,00
1,00
1,00

E0

theoretcal increase factor

Eq/(tm/h)^3

Emean
[N/mm²]
13788
12825
12948
11714

Typ

Emean
[N/mm²]
13788
12746
12746
11714

3s
2s
2s
1S

Ratio
[-]
1,18
1,09
1,09
1,00

Theoretical Calculation of Modulus of Elasticity based on the base material
assemb. tm
tr
tm/h
a
A*(Ei/E0) Ae
z
Ae^2
J_m
J_r
J_ges
E_fin
[mm] [mm]
[mm]
[mm]
[m³]
[mm] [mm^4] [mm^4] [mm^4] [mm^4] [mm^4]
2S
40
20
0,5
30,00
40,51
15,17
0,37
455
5333
17
5803
12746
3S
40
20
0,5
41,01
0,00
0,00
910
5333
34
6278
13788

The formal relationship for the calculation of the SL
properties (E90), as shown in table 2, can be given as:

Figure 14: Results of series 1 to 3: ksys,E (MOE)

!

𝐸𝐼𝑄𝑆 (𝐸3𝑆 , 𝐸1𝑆 , ℎ𝑄𝑆 , 𝐵𝑄𝑆 , ) ⇔ 𝐸𝐼𝑄𝑆 (𝐸𝑖 , ℎ𝑖 , 𝑏𝑖 )

The requirement of equality in the equation above allows
the calculation of E90. The finale homogenized effective
cross-section stiffness parameters for the 2S crosssections are calculated for the determined value E90 in
combination with E0 from the 1S test result based on the
assumption of a plane cross-section (Euler-Bernoulli
beam).
4.5 TEST RESULTS – COMPARISON BETWEEN
SERIES

4.5.2 SYSTEM STRENGH FACTORS FOR
BENDING STRENGTH
In accordance to the system strength factor evaluation
for MOE, the ksys,f values for the bending strength were
calculated. The specific production and test procedure of
series 3 did not allow the determination of ksys,f-values
for the 2S cross-sections. The following boxplot and
table show the system strength factors ksys,f for bending
strength:

Based on the evaluation of all series, the system strength
factors (ksys) for flexural stiffness and strength were
determined. The ksys values are defined as quotient of
fi,mean and mean f1S,mean.
𝑘𝑠𝑦𝑠 = 𝑓(1,2,3)𝑆 ⁄𝑓1𝑆
The box plots are supplemented by the mean values
(black dots) and the 5%-quantile values (red dots).
4.5.1 SYSTEM STRENGTH FACTORS FOR MOE
The following boxplot and table show the system
strength factors ksys,E for MOE:

E-Modulus
1

Series
layer
DL
h
tr
tm
tr/h
tm/h
Minimum
Mean
Median
Maximum
Stand.dev
COV
quantil 5%
quantil 25%
quantil 75%
Number test
Calc.theoretically
ksys mean theo
ksys mean test
ksys median test

3
60
15
30
0,25
0,50
9591
13675
13870
18081
1754
0,13
10545
12394
14851
52
13675
1,24
1,24
1,27

2
o
45
15
30
0,33
0,67
9040
11985
11622
19302
1946
0,16
9262
10826
12749
52
12334
1,12
1,09
1,06

2
2
u
45
15
30
0,33
0,67
8029
11593
11604
15982
1699
0,15
8979
10395
12660
52
12334
1,12
1,05
1,06

1

3

30
15
30
0,50
1,00
7040
11016
10927
15702
1949
0,18
7820
9740
12431
55
11016
1,00
1,00
1,00

80
20
40
0,25
0,50
9279
14363
14361
17746
1625
0,11
12020
13544
15058
39
14363
1,16
1,16
1,16

2
o
60
20
40
0,33
0,67
11567
14023
13964
17109
1446
0,10
12257
12947
14809
39
13366
1,08
1,13
1,13

3
2
u
60
20
40
0,33
0,67
11238
13882
13643
18156
1634
0,12
11898
12716
14521
39
13366
1,08
1,12
1,10

1

3

40
20
40
0,50
1,00
10467
12375
12355
15173
1046
0,08
10976
11670
12951
39
12375
1,00
1,00
1,00

80
20
40
0,25
0,50
11500
13788
13748
16987
1099
0,08
12483
13109
14342
24
13788
1,18
1,18
1,18

2
o
60
20
40
0,33
0,67
10051
12948
12874
15693
1227
0,09
11135
12006
13800
48
12717
1,09
1,11
1,10

2
u
60
20
40
0,33
0,67
10294
12825
12890
15248
1138
0,09
10982
12234
13597
48
12717
1,09
1,09
1,10

1
40
20
40
0,50
1,00
8530
11714
11683
14735
1159
0,10
10023
10911
12444
96
11714
1,00
1,00
1,00

bending strength
1

Series
layer
DL
h
tr
tm
tr/h
tm/h
Minimum
Mean
Median
Maximum
Stand.dev
COV
quantil 5%
quantil 25%
quantil 75%
Number test
Calc.theoretically
ksys mean theo
ksys mean test
ksys median test

3

2
2
u
45
15
30
0,33
0,67
41
57
57
73
7
0,12
43
52
61
52

1

3

60
15
30
0,25
0,50
46
60
59
79
9
0,15
47
52
67
52

2
o
45
15
30
0,33
0,67
37
56
57
78
9
0,16
42
50
61
52

30
15
30
0,50
1,00
31
53
51
79
12
0,22
35
44
62
70

1,14
1,17

1,06
1,12

1,07
1,12

1,00
1,00

3
2
u
60
20
40
0,33
0,67
46
66
65
87
9
0,14
54
60
73
39

1

3

80
20
40
0,25
0,50
51
72
72
92
9
0,13
56
67
77
39

2
o
60
20
40
0,33
0,67
37
58
60
85
10
0,18
45
50
65
39

40
20
40
0,50
1,00
45
60
61
77
7
0,12
48
55
65
39

80
20
40
0,25
0,50
54
68
67
81
6
0,09
60
64
72
24

1,19
1,17

0,97
0,97

1,10
1,06

1,00
1,00

1,32
1,29

2
o
60
20
40
0,33
0,67

2
u
60
20
40
0,33
0,67

1
40
20
40
0,50
1,00
41
51
52
64
5
0,10
43
49
54
32

1,00
1,00

Figure 15: Results of series 1 to 3: ksys,f (bending strength)

4.5.3 CONFORMITY OF MEAN VALUES
Based on a review of individual samples using a t-test or
Welch-test, the hypothesis conformity of the mean
values of the samples (1 = 2) could be determined. The
test alternative was defined as follows: 1 ≠ 2
There is a significant statistical mismatching between the
averages of the stiffness properties of 1S test specimens
compared to the stiffness properties of the 2S and 3S test
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specimens (with exception of the test series 1 subseries
1S-2Su).
4.5.4
OVERVIEW OF KSYS–VALUES
The ksys-values determined in section 4.5.1 und 4.5.2 are
shown in figure 16.

Figure 16: ksys factors (MOE and bending strength)

For series 1 to 3 it can be noted that the 2Su crosssections with cover layers at the bottom show lower
ksys,E-values (MOE) than the 2So cross-sections with
cover layers on the top.
For series 1 and 2 a satisfactory match of the practical
and theoretical calculation results of the bending
stiffness (2S specimens) can be observed.
The relationship between the practical and the theoretical
bending stiffness of series 3 can be described as
excellent, see Figure 14. This occurs due to the stiffnessoriented approach of production and testing of the test
specimens as described under section 4.3.2. Due to the
procedure defined in section 4.3.2, no ksys,f -values could
be determined for bending strength for the 2S-sections of
the series 3. On the basis of the test results, no final
comment on the ksys,f-values of the bending strength is

possible. Some further tests with other geometries are
necessary for validation.
It can be noted that series 1 and 2 show a significantly
different behavior of ksys-f in type as well as in
magnitude, as shown in Figure 15.
Based on the test series 1 to 3, a dependence of the
bending strength from the ratio of the thickness of the
middle layer to the thickness of the cover layers could be
observed. For specimens with upper cover layers (2So) a
declining strength of the total cross-section could be
determined with increasing outer layer thicknesses. Due
to the low relative difference in ksys-f, no statement for
the thickness dependency for the cross-section with
bottom cover layers (2Su) is possible.
Because of the bottom cross layer, significantly less
peeling of the tension zone of the middle layer (at the
position of failure) was observed in comparison to the
type of failure of cross-section with upper cross layers.
4.5.5 KSYS–VALUES FOR MOE: SERIES 3
Based on the described strategy of determining the ksys-E
values, see section 4.3.2, the test results of 1S, 2S and 3S
cross-sections are shown in figure 17. The ksys-E values
are given with respect to the basic values of the reference
series for the individual production steps, numerical
results are given in table 3.

Figure 17: Detailed results for MOE

1

comp. 1S
1

1

40
20
40
0,50
1,00
9712
11388
11579
13147
857
0,08
10408
10673
12025
24
1,00
1,00

comp. 2S
2
1
u
60
40
20
20
40
40
0,33
0,50
0,67
1,00
10294
9057
12825
11651
12890
11557
15248
13922
1138
1103
0,09
0,09
10982
10139
12234
10763
13597
12331
48
48
1,10
1,00
1,12
1,00

40
20
40
0,50
1,00
8530
11714
11683
14735
1159
0,10
10023
10911
12444
96
1,01
1,01

40
20
40
0,50
1,00
8530
11777
11742
14735
1220
0,10
9888
11090
12510
48
1,01
1,02

40
20
40
0,50
1,00
9057
11651
11557
13922
1103
0,09
10139
10763
12331
48
1,00
1,00

60
20
40
0,33
0,67
10051
12887
12874
15693
1179
0,09
10983
12101
13668
96

2S:
49-96

1S
49-46

1S:
1- 96

1S:
1- 48

1S:
49-96

2S:
1-96 ML

80
20
40
0,25
0,50
11612
13669
13869
15734
1086
0,08
11839
12935
14219
24
1,20
1,20

comp. 2S
2
1
o
60
40
20
20
40
40
0,33
0,50
0,67
1,00
10051
8530
12948
11777
12874
11742
15693
14735
1227
1220
0,09
0,10
11135
9888
12006
11090
13800
12510
48
48
1,10
1,00
1,10
1,00

1

1S:
1-48

40
20
40
0,50
1,00
10162
11061
11163
12119
525
0,05
10224
10738
11361
24
1,00
1,00

2
u
60
20
40
0,33
0,67
11006
12412
12470
14364
843
0,07
11200
11945
12696
24
1,09
1,08

2S:
1-48_o

2S:
rel.1-24_o

3

1S:
rel_u

80
20
40
0,25
0,50
11648
13792
13924
17065
1084
0,08
12557
13003
14261
24
1,25
1,25

comp. 3S
1

2S:
rel.25-48_u

80
20
40
0,25
0,50
11500
13788
13748
16987
1099
0,08
12483
13109
14342
24
1,25
1,23

2
o
60
20
40
0,33
0,67
11361
12874
12821
14731
915
0,07
11589
12226
13386
24
1,16
1,15

3S:
25- 48

3

1S:
rel_o

3

3S:
1-24_frac.

Typ
number of layers
DL
h
tr
tm
tr/h
tm/h
Minimum
Mean
Median
Maximum
Stand.dev
COV
quantil 5%
quantil 25%
quantil 75%
Number test
ksys mean test
ksys median test

3S:
1-24

Table 3: Detailed results for MOE of series 3: Subseries 1 to 4, additionally positive and negative bending direction for all test
specimens.
2S
2
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5 PHOTODOCUMENTAION
The production (grading, gluing and cutting) as well as
the testing of the specimens (recording of the measured
variable and testing) is documented as follows.
5.1 PRODUCTION OF FEST SPECIMENS

Figure 22: Series 3: 3S: Bending failure of the middle layer
without significant peeling of the edge fibers of ML

Figure 18: Production of 1S, 2S und 3S test specimens

Figure 19: Removing the middle layer by planing
Figure 23: Series 3: 3S: Bending failure of the middle layer,
tension perp. failure of the bottom cover layer

Figure 20: Cutting and measuring the test specimens

5.2 TESTING OF SPECIMENS OF SERIES 3

Figure 24: Series 3: 3S: No cracks in the bottom cover layer
due to tension perp. at 20 % load level

Figure 25: Series 3: 3S: Cracks in the bottom cover layer due
to tension perp. at 60 % load level

6 CONCLUSION

Figure 21: Series 3: 1S: Bending failure of the middle layer
with significant peeling of the edge fibers

Based on 4P-bending tests performed according to
ON EN 408 [11], the flexural stiffness and strength
properties for 1S, 2Su, 2So and 3S-plates with a crosssection
build-up
15/30/15 = 60 mm
and
20/40/20 = 80 mm respectively were determined. In
addition, the stiffness properties of the middle and cover
layers (E0 and E90) were determined from the
homogenized cross-section bending stiffness values from
the 1S and 3S specimens. Based on these single layer
material properties the theoretical bending stiffness
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properties of the specimens with 2S sections were
calculated. These are in good accordance with the results
of the experimental investigations of 2S specimens. For
all specimens, the declared mechanical properties were
exceeded.
Based on the discrepancies found between repeated tests
(measurement accuracy, installation situation, systemrelated faults) it should be noted that based on the
experimental determination no technically significant
differences between the series and 2Su and 2So for ksys,E
could be detected.
The 2S specimens with bottom cross layers tend to show
a slightly lower bending stiffness, which may be due to a
cracked tensile zone. This tendency is explained by the
fact that in numerous tests, lateral tension cracks in the
bottom cross layers appeared within the measuring range
of the MOE. The cracks mostly were observed at a load
level greater than 30% of Fmax.
For the system strength factor ksys,f an opposite tendency
was observed. The test specimens with bottom cross
layers had a higher characteristic bending strength than
the ones with upper cross layers.
For all test series a clear dependence of the ksys,f from the
ratio middle to cover layers thickness could be
determined. Contrary to the initial assumption
(interaction with tension perp. to grain.), no reduction of
the bending strength for cross-section with bottom cross
layers was observed.
For a final clarification of the effects (cracked tension
zone of bottom cross layer) it is recommended to
perform a series of tests in accordance with the
procedure of series 3 (successively produce the test
specimens with cumulative tests to determine the
individual layer properties). Based on ON EN 383 [18],
the load level for the evaluation of the bending stiffness
from tests should be defined for each test specimen with
at least 50-60% of the estimated ultimate load. Thus it is
possible to simulate a high loading within the life cycle
of the component.
Based on that, necessary modifications of the test
standard ON EN 408 [11] should be discussed. As part
of a subsequent study, it is recommended to investigate
the influence of the outer layer thickness on the strength
properties of the cross-section. This makes sense with
respect to more and more used CLT-plates with multiple
parallel bonded outer layers having a total thickness up
to 90 mm.
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NEW GENERATION OF NON-DESTRUCTIVE TOOL FOR IN-FIELD
WOOD POLES TESTING USING COMBINED PARAMETERS FOR
IMPROVED RELIABILITY
Yann Benoit1, Jean-Luc Sandoz2, Jean-Daniel Gasser3

ABSTRACT: Non-destructive evaluation of in-field wood poles used in telecom and utilities overhead lines remains as
a key issue for network managers. If existing tools all have their own methods to give an estimation of the residual status
of individual poles, the goals are usually the same:
• Security:
Keep only safe poles in the networks
• Costs:
Change poles as infrequently as possible
• Productivity:
Inspect as many poles as possible per day
For many years, CBT has been working on the topic to achieve these goals. If the tool – called Polux – is considered as
the reference on the market, the engineers have developed a newer generation which takes into account complementary
parameters to strengthen its performances and ease its practical use in the field (such as improved ergonomics).
This paper presents the development of the latest generation of the Polux device including the description of the new
parameters taken into account for pole evaluation resulting in improved reliability.
KEYWORDS: Wood poles, Non-destructive technology, Security, Maintenance

1

1

INTRODUCTION 234

Telecom and utilities companies (TUC) have the
responsibility to ensure the performances of their
networks to guaranty:
1. The aim of their business (transportation and
distribution of telecommunication and/or
energy)
2. The safety of any authorized crew for
maintenance operations on their networks
3. The safety of anyone around their networks

Although wood poles are excellent components for
overhead lines, their inspection remains a challenge
between the subjective traditional method (sound of the
pole after a hammer shock) and a non-destructive tool to
assess their residual performance.
Many devices are available on the market based on
various non-destructive technologies with varying results
(Springer, [1]).

Concerning overhead networks, the main risk consists of
the failure of a pole. In other words, TUC have the
responsibility to ensure the adequate structural behavior
of their poles.

Twenty-five years ago, CBS and the Swiss Federal
Institute of Technology developed the Polux system
(Sandoz and Lorin, [2]). The Polux system is based on
measurements of local density and moisture content taken
at the most critical zone for the wood pole, the ground line
level, to evaluate its residual strength.

To achieve this goal, TUC usually have inspection
policies including a method and a strategy of maintenance
with short, medium or long term perspectives.

Over time, this technology has built an impressive
database to deliver optimized results for each case met in
many countries all over the world.

1
Yann Benoit, CBT SA, Switzerland
benoit@cbs-cbt.com
2
Jean-Luc Sandoz, CBS, France, sandoz@cbs-cbt.com
3
Jean-Daniel Gasser, CBT SA, Switzerland, gasser@cbscbt.com
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In 2015, CBS engineers launch the fifth generation of the
Polux device (Polux 5) to not only improve the ergonomic
properties of the older versions, but to also acquire new
data thanks to additional sensors which offer an improved
reliability.
This paper presents the development process of this newer
generation of the device after a full year of pole
inspections.

2 DEVELOPMENT CHALLENGES
2.1

Polux technology

The fundamentals of Polux technology are
measurements of two parameters:
1.

2.

the

The local density of the pole: this measurement
is made by introducing two small diameter
(3mm) pins into the wood. A load sensor is
connected to those pins and the force required to
push the pins in is recorded.
The moisture content of the wood: once the pins
are within the wood (to a depth of 4cm) an
electric current records the internal moisture
content of the wood between the two pins.

Figure 2: Example of Polux estimation vs. destructive tests
results. X axis: evaluation in PSI. Y axis: destructive tests results
in PSI. Canada, 350 in-service poles.

In order to perform a measurement, the device is strapped
on the pole via a belt and a ratchet system as illustrated by
the Figure 3.
The strap and the ratchet system are required to maintain
the device on the pole when the measuring pins are
inserted into the wood.

Those two parameters give an estimation of the residual
strength of the pole and propose a cycle for the next
inspection.
This estimation is based on algorithms which were
developed using data acquired through first testing and
then actually breaking thousands of wood poles (Figure 1)
and statistically compiling the information obtained from
these experiments (Figure 2).
Measurements are performed at the pole’s ground line
level, the most critical area of the pole for both mechanical
and biodegradation issues.

Figure 3: Fundamentals of Polux principle: The device is
strapped on the pole thanks to a belt and a ratchet. Two isolated
pins are set on a load sensor. The local density and the moisture
content are registered.

Figure 4 illustrates the initial design of the very first
generation of devices.
Figure 5 illustrates the generation 3 of the technology and
Figure 6 presents a field inspection with Polux 4.

Figure 1: Destructive tests on in-service poles to calibrate the
Polux technology, example. Neetrac, Atlanta, USA, 2006
Figure 4: Initial design of Polux technology, 1992
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Figure 5: Polux generation 2, 1998

Figure 7: Polux Generation 3 set on a pole with conduits.
USA, 2006

3 NEW SYSTEM AND TECHNOLOGY
DESIGN
3.1

Figure 6: Example of wood pole inspection with Polux
generation 4, 2010

2.2

Ergonomic issue

The main reason for the development of a newer
generation of this device was to solve the ergonomic
issues of the older device generations, issues that were
considered to be the critical weakness of the technology
by end users.
Although Polux results are accepted by vast majority of
the telecom and utilities companies, the handling in the
field by users was an identified obstacle, especially
regarding both its weight (6.5kg/14+ lbs. for the 4th
generation, 8kg/17+ lbs. for the older versions) and the
system to strap the device on the pole combining a belt
and a ratchet (weight of the ratchet: 1.5kg/3+ lbs.).
Knowing that an inspector can measure up to 120 poles
per day, ergonomic issues are clearly relevant. This was
the main motivation behind the redesign to the Polux 5.
Additionally, strapping a belt could be problematic with
conduits along the pole (Figure 7) or for twin poles for
example.

Main objective

While ergonomic improvement and weight reduction for
field users were the main objectives, the fundamental
operation principles of the Polux were required to remain
constant in order to properly utilize the abundant database
of pole strength information gathered over the years.
A secondary objective was to eliminate the need for the
ratchet and strap system, which is used to bring the Polux
securely in line with the pole to obtain an accurate
measurement of the force needed for the probes to
penetrate the wood.
3.2

The solution

While overall weight reduction and the elimination of the
ratchet and strap system seemed to be almost
insurmountable goals, an elegant solution was developed
that met both of these needs and yet retained the operating
principles, and therefore the measurement accuracy, of
the Polux technology.
A motor-driven screw was designed to replace the ratchet
and strap system. The screw serves the same purpose of
the ratchet and strap in that it brings the Polux into secure
contact with the pole, allowing accurate measurement of
the force needed for the probes to penetrate the wood. As
the screw is motor-driven rather than operator-driven, it
allows for increased fidelity of the measurement process.
Length and diameter of the screw have been optimized in
order to not hurt the integrity of the pole as boring would.
The screw is less than 70 to 80mm in length and does not
exceed 5mm in diameter at a maximum.
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Figure 8 illustrates the new system using a screw to fix the
device on the pole in place of using a belt and a ratchet.

Figure 9: New Polux equipment, Polux 5, 3.5kg, 2015.

Figure 8: New device principles: a screw maintains the device
on the pole along the same axis than the pins

The implementation of this solution is illustrated by
Figure 9 and Figure 10.
The equipment looks similar to a commercial electric
screw driver with an optimized weight reduction: the final
device has a weight of 3.5kg/7+ lbs.
The measurement protocol may be described as follow:
1.

The device screws itself into the pole. Figure 11

2.

Once the device is firmly set on the pole, the pins
are launched into the wood : Figure 12

3.

The penetration force of the pins is measured
(Polux fundamental principle number 1).

4.

Once the pins are in the pole, the pins measure
the moisture content of the pole (Polux
fundamental principle number 2).

5.

After the moisture content measurement, the
measuring pins are driven back into the device.
Figure 13

6.

Once the measuring pins are within the device,
the screw automatically retracts back into the
Polux. Figure 14

Figure 10: New Polux equipment used in the field. Switzerland

Figure 11: Measurement process step 1. The device screws into
the pole.
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3.3

Solution advantages

In addition to the major ergonomic gain, the new solution
has many technological advantages in comparison to the
previous versions:

Figure 12: Measurement process steps 2-4. Measuring pins are
driven into the wood to measure Polux fundamentals
parameters: local density and moisture content.

Figure 13: Measurement process step 5. After the measurement,
the measuring pins are driven back into the device.

1.

Possibility to measure at an angle below the
ground line level as illustrated by Figure 15

2.

Possibility to use a sensor on the screwing
process in order to get additional data and even
further improve the reliability of the technology

3.

In situ utilization is strongly improved especially
for poles in a slope, double poles or poles with
cables/conduit along them (grounding cables for
example).

Figure 15: Polux 5 set on a pole: possibility to measure with an
angle, below the ground line level.

3.4

Parameters registered by the new device

In addition to the fundamental Polux parameters – local
density and moisture content – new parameters may now
be included with the collected data as described in the
following sections.
3.4.1 Angle of measurement
The angle of measurement is registered thanks to an
integrated inclinometer.
Measuring with an angle allows measurement below the
ground line level. But in some cases, horizontal
measurements are preferred.
Figure 14: Measurement process step 6. To release the device
from the pole, the unscrewing process is launched.

Recording the device inclination is relevant when
comparing measurements done at other inclinations or
with horizontally obtained measurements.
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3.4.2 Temperature
A thermometer measures the temperature of the external
environment.
This value is important because wood properties do vary
with temperature. In order to be consistent and be able to
compare measurements performed in winter or summer,
temperature is registered to normalize the resulting data.
3.4.3 Screwing energy
Thanks to the screw used to secure the device to the pole,
an additional parameter can now be easily utilized to
improve the accuracy of the data.
The screwing energy is then registered all along the
screwing process. This measurement allows drawing a
graphic of the screwing process and gives an evaluation if
the pole is strong enough to receive the measuring pins or
not.

Figure 17: Wood pole with internal cavity

Nevertheless, the poles’ static strength is not directly
affected by an internal cavity. Indeed, an internal cavity
weakens a pole about only 2% as long as its external
crown is not affected.
The external crown is the principal value to be taken into
account to evaluate poles’ static properties as expressed
by the equation (1).

𝜎=

4 EXAMPLE OF MEASURED
PARAMETERS
This section illustrates examples obtained from each of
the recorded parameters on in-field wood poles.
4.1

Force analysis (local density)

Force analysis is one of the Polux fundamental
parameters. This value has always been taken into account
to deliver a diagnostic, this is basic.
The advantage of the newer Polux, Polux 5, is that the pins
are now automatically driven into the wood thanks to a
motor that is driven without any human intervention.

32𝐹𝐹𝐿𝐿
𝜋𝜋𝐷𝐷3

(1)

where  = pole strength [MPa], F = load applied on the
pole [daN], L= pole aerial length [mm], D = pole diameter
[mm].
Figure 18 presents three different force diagrams
according to poles’ qualities:
• Strong pole with no cavity (solid blue line)
•

Strong pole with internal cavity (dashed green
line)

•

Weak pole without cavity (solid red line)

Instead of using a mean force numerical value only as it
used to be in the past, a graphic analysis can be explored.
The graphic can distinguish a pole with no cavity (Figure
16) from a pole with internal cavity (Figure 17).

Figure 18: Examples of forces’ diagrams according to pole
qualities (strong intact, weak intact, and a pole with an internal
cavity).
Figure 16: Wood pole without internal cavity

To estimate pole strength, the force analysis is the main
parameter in the Polux algorithm.
If a cavity is found in the pole crown, the final result will
be weighted more towards rejection than if the same
defect is located in the centre of the pole.
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With the use of the force diagram, a more accurate
determination of pole strength can be easily visualized.
This allows for a more accurate estimation of remaining
pole strength for both security and replacement cost
purposes.
4.2

Moisture content analysis

Moisture content is measured by the two isolated
measuring pins.
Moisture content is also a fundamental parameter of Polux
technology and wood pole quality assessment.
Moisture content is directly related to biodegradation
activity. If active decay is present, moisture content will
be high according to the equation (2).
Wood + Micro-Organism → H2O + CO2

(2)

2.

As a variable in the evaluation process

When the device is strongly set on the pole, the screw
energy clearly peaks. This peak stops the screw mode and
the device switches to driving the measuring pins into the
wood.
If there no energy peak during the screw mode, it means
that the material is not strong enough to receive the
measuring pins. In other words, if there is no energy peak,
it means that the pole is not strong enough. Launching the
measuring pins after that would be useless.
Figure 20 shows two examples:
• A diagram with a peak (solid line): the device is
properly set on the pole. The measuring pins
can be then driven into the pole for a classic
Polux measurement.
•

If diagrams are recorded, the exploitable value is taken
when the pins are static within the pole and when the
moisture content value is stable.

A diagram without any peak (dashed line): the
screw cannot fix the device properly on the
pole. The material is too weak to receive the
measuring pins. The pole is then declassed.

Figure 19 illustrates the diagrams of two different poles,
one wet and one dry.

Figure 19: Examples of moisture content diagrams measured by
Polux 5. The exploitable values are taken when the measuring
pins are static (after the 50th point of x axis).

Figure 20: Screw energy diagram measured by Polux 5. Solid
line: diagram with a peak, the pole can be measured by the
measuring pins. Dashed line: diagram without peak, the pole
cannot be measured by the measuring pins because the material
is too weak.

5 POLES EVALUATION
The moisture content value is corrected according to soil
conditions, giving a value to determine any active
biodegradation process.

Polux 5 keeps the same pole evaluation philosophy as the
previous generations of Polux devices.

4.3

Thanks to estimated values based on scientific
measurements, the Polux can more accurately identify the
poles needing to be replaced, poles that would allow an
ascension by a lineman, and the timeframe for the next
inspection.

Screw power analysis

During the screwing process to set the device on the pole,
the screwing energy profile is recorded.
This parameter is a new value in Polux technology and is
used for two purposes:
1.

To declare when the device is properly set on
the pole

This evaluation scale is split into three colors to allow for
easy reading in the field by the inspectors:
•

Red: the pole needs to be changed
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•

Orange: the pole can stay in the line but it is
advised not to climb on it due to a reduced
security factor

•

Green: the pole is good

The interpretation can be done case by case according to
the users’ policies. Limits are set for an identified
environment, and the decision parameters can be easily
set.

While the previous generations of devices had no
mechanical obstacle in fixing the device on the pole (belt
and ratchet), the new system faces a challenge with
hardwood and especially Eucalyptus.
Screwing and pushing pins into hardwoods with a motor
may be a challenge in terms of mechanical specifications.
A stronger screw especially designed for hardwood is
being studied currently to ensure the device may be set
properly on those poles.

While the previous Polux results already ensured a high
reliability, by including the screw energy and the force
diagram into the algorithms, the technology accuracy has
improved with Polux 5.

The next step will be to schedule field measurements in
Africa, Brazil and Australia where hardwood species are
used for poles in the overhead lines.

The direct consequence of these improvements is a lower
percentage of poles to be replaced in comparison to
previous evaluations based on the similar models.

6.2

In 2015, 7’342 poles were measured by both: the Polux 4
and the Polux 5 in Switzerland (Spruce/Fir, salts
impregnated, mean age of the poles: 19 years old). Figure
21 presents the results of those measurements.

Other applications

Polux 5 could also be used for some other applications
such as wood strength evaluation for construction
purposes.
Some preliminary studies show possible applications
especially on softwood structures including glue
laminated timber.

7 CONCLUSIONS
Each generation of Polux devices contributed to
significant improvements in non-destructive evaluations
for in-field wood poles and the 5th generation of the Polux
device is clearly a major development.
The ergonomic improvements allows for the use by
anyone properly trained.

Figure 21: Comparison between results given by Polux 4 and
Polux 5 on the same 7’342 poles. Switzerland 2015, population
age of 19 years old average.

The few uncertainties met when using Polux 4 can be
solved by Polux 5 as it impacts significantly the poles to
be replaced (-3%) and the ratio of good poles (“Green”)
by up to 11%.
These results give a better perspective to the wood pole
industry in reducing the costs of unnecessary
replacements.

6 NEXT CHALLENGES
6.1

Hardwood

Polux 5 has been used since 2015 in the field, especially
in Switzerland, Germany, Austria, France, and the USA.
Most of the pole species met in those countries are
softwood.

The ease of use of the device and its low weight (3.5kg/7+
lbs.) ensure a high productivity in terms of the number of
poles that can be measured each day given good working
conditions.
Measurement errors are strongly reduced due to the fully
automated process.
The strategic local area of the pole – the ground line level
– is easier to reach, which improves the overall quality of
the results.
Measurements can be now performed at an angle to reach
below the ground line level, when warranted, for further
increased accuracy.
The integrated inclinometer and thermometer both
normalize the measurements in order compare relevant
results.
Along with the bi-parameter evaluation (mean force and
moisture content), Polux 5 additionally includes the force
diagram and the screw energy. Those additional values
strengthen the results and improve the global reliability of
the technology.
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Some other applications are currently being studied such
as expertise in structural wooden frames and the models
for hardwood.
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COMPRESSION PERPENDICULAR TO GRAIN BEHAVIOR FOR THE
DESIGN OF A PREFABRICATED CLT FA ADE HORI ONTAL JOINT
Eu nia Gas arri1, Fran Lam2, Yin yan Liu3

ABSTRACT: the present work aims to define horizontal joint dimension tolerances for newly proposed prefabricated
façade systems for applications in tall cross laminated timber (CLT) buildings based on the compression perpendicular
to grain characteristics of the component. This requires a thorough understanding of structural settlement under vertical
loads which can vary at each floor height. An experimental program has been carried out with reference to the case of a
platform frame building construction, where major perpendicular to grain compression of the floor can occur under high
loads. Five-layer CLT specimens have been tested under compression via the application of a line load with steel plate
as well as actual CLT wall specimens. Strengthening contribution using full threaded self-tapping wood screws has also
been investigated. Results of deformation characteristics have been validated through a non-linear finite element
analysis and further elaborated in order to outline implications in the design of a prefabricated façade.
KEYWORDS: tall CLT buildings, prefabricated façade, joint design, structural movements, testing, compression
strength, perpendicular to grain.

1 INTRODUCTION

123

In the last decade, cross laminated timber has been used
more and more often for the realization of medium rise
and tall wood structures worldwide. The success of this
technology on the market is due to benefits achievable
within several fields [1, 2], such as environmental impact
reduction, seismic response, construction management,
etc. The opportunity to speed up the construction time,
for instance, is one of the most appreciated advantages
by both clients and designers [3] and could strongly
influence the choice of this technology over others. That
said, state of the art for CLT constructions shows rather
unbalanced work phases. The completion of façades
through outer layers installation from scaffolds requires
much longer time than raising the sole structure [4]. In
most cases, timber structure is exposed to weathering
agents during this period (see Figure 1) and subjected to
risk related to site logistics as well as material damaging.
The above mentioned considerations led to the study of a
prefabricated external wall system to be entirely
preassembled off site, as it usually happens in the case of
timber frame technology. Thus, CLT load bearing panels
1
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with all outer functional layers (insulation, tight canvas
and cladding) arrive at the construction site ready to be
installed on their final position, without the need to work
further on the façade from scaffolds.

Figure 1: Construction phase of “Cenni di cambiamento” in
ilan, taly

Figure 2 presents one of possible design option
developed within the frame of this research work,
entrusting the joint operating principle mainly to its
geometrical configuration and attentive technical
detailing [5]. However, this paper focuses on structural
related aspects leaving system design choices out of the
text [6].
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1.1 AIM AND SCOPE

Figure 2: eometrical approach joint component e plo e
ie
a o e an installation se uence elo
in ertical
section

1.
2.
3.
4.
5.
6.
7.
8.
9.

Lower prefabricated wall assembly
Lower acoustic mat
CLT floor element
L-bracket for floor-lower wall connection
Full-threaded self-tapping screw for floor-lower wall
connection
Unwrapped tightness membrane from lower wall
Low density insulation element
Continuous metallic flashing for vertical water drainage
Additional tightness membrane element

Joint design for prefabricated envelope systems is
undoubtedly one of the more challenging phases of the
design process, partly determining the success or failure
of the system itself. Numerous issues have to be taken
into account while conceiving a prefabricated façade
system [7], depending on technologies and materials
involved. Some of them are related to building physics
and overall envelope performance, such as joint air and
water tightness, thermal bridges and fire safety design.
Other factors of outmost importance, that deserve
attention at the inception of the design phase, are
differential movements. There are three main
movements to be considered: vertical, lateral in plane of
a wall and lateral out of plane [8]. They can differ
according to structural type and layout, material
properties (e.g. thermal expansion of single components
can be quite an issue in steel frame unitized glass
façade), construction process features, and so on. All of
the above are equally important and often mutually
related.
The aim of the present research work is to define design
guidelines for the proposed envelope system as far as the
horizontal joint between façade elements is concerned.
This is necessary not only to prevent any damage due to
interaction between vulnerable outer layers, for instance
cladding system, but also to account for different joint
dimension at each floor level under the architectural
point of view. For this purpose, vertical movements
under permanent loads have been investigated in the case
of a platform framing configuration, that is to say when
floors are stressed perpendicular to grain. In fact, this is
one of the commonly under appreciated construction
practice for CLT tall buildings but these stress can cause
excessive deformation through time. [9]. This is mainly
due to the interacting effects of: floor compression stress
perpendicular to grain in the short term, temperature and
relative humidity fluctuations in the longer term. Creep
can play a significant role as well.
Compression strength perpendicular to grain (C┴) has
always been a debated topic in timber construction field
as there is no clearly defined ultimate stress for this
property [10]. Basta conducted a study on C┴ for wood
members in 2011, outlining how current standards have
limited applicability in modern construction assemblies
[11, 12]. As an example, ASTM 143-14 standard [13] C┴
design value is based on stress at 1 mm deflection (2%
strain) for a 50x50x150 mm specimen, without taking
into account that variation in cross-section could bring
much variation in results. On the other side, BS EN
408:2010 [14] C┴ value is based on stress at 1%
permanent set of the height of the sample; however, the
specimen is loaded uniformly over the full surface, thus
shear stresses contribution at the loading block edge are
not considered. This is not the case for many real
scenarios.
Finally, and this counts for both the above mentioned
standards, it has been proved how the metal-on-wood
compression test may provide, in some case, inaccurate
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and non-representative results for typical wood-on-wood
bearing structural configurations [16].
As far as CLT is concerned, various experimental studies
on manufactured European specimens have been
successfully conducted [17-18]. They focused on
different aspects, such as: load application area size and
orientation relative to surface grain, distance from the
edge, number and thickness of laminations. However,
experimental campaigns reported by Bogensperger
adopted steel plates as standard bearing devices for test
and discrete square loading area, so reproducing the
configuration of a column floor interface. In this case,
confinement effect is at least acting on two sides, which
plays in favour of resistance. On the other hand, Serrano
analysed linear load using a 50 mm wide loading steel
bar, which is extremely far from real construction
practice. In addition to this, findings from this latter
identifies compression perpendicular to grain located at
panel edge (in the case of crosswise configuration) as the
“worst case scenario” in terms of stress-displacement
response. This is exactly the case of CLT building
external walls acting on floor in a platform frame
configuration.
The present study involves Canadian CLT specimens for
the first time, investigating compression perpendicular to
grain in CLT wall-floor-wall bearing configurations
through a wood-on-wood loading approach. A balloon
frame type of configuration has not been taken into
account because of the negligible vertical movements at
stake.

edges, thus spaced 120 mm one from the other (see
Figure 10).
Finally, two versions for each series were subjected to
test, according to floor orientation, in order to outline
related differences. A summary of the test programme is
reported in Table 1.
Table 1: Test programme summary

Test series
A1
A2
B1
B2
C1
C2
D1
D2
E1
E2

Test number
5
5
8
8
6
6
10
11
6
6

Load area (mm2)
200x100
200x100
200x100
200x100
200x169
200x169
200x169
200x169
200x169
200x169

2 MATERIALS AND METHODS
2.1 CLT MATERIAL AND TEST PROGRAMME
CLT panels used for laboratory test were provided by the
Canadian company Structurlam and cut at the Timber
Engineering and Applied Mechanics (TEAM) of the
University of British Columbia, where the experimental
campaign took place. Panel material was visual grade
No. 2 SPF lumber, for all laminations. The average
density (ovendried weight/as-received volume) of the
material used is 439 kg/m3 and the average moisture
content is equal to 11%.
Two different sizes have been used according to test
programme:
 5-ply CLT for both floors and walls, 200x200 mm2
and 169 mm thick (outer laminations are 32 mm
thick while inner laminations are 35 mm thick)
 3-ply CLT for walls, 200x150 mm2 and 102 mm
thick (all laminations are 34 mm thick)
Five different test set up were defined, as shown in
Figure 3. They differ in terms of loading material used as
well as loading area. A and C series are compression
loaded by means of thick steel plate while in series B, D
and E test set up mimics the real floor-wall junction
configuration by using CLT wall specimens as loading
devices. Moreover, E series samples have the same
layout as D but involve full threading self-tapping wood
screws (Ø 8 mm) to investigate their contribution to
compression perpendicular to grain strength properties.
Screws were 300 mm long, installed 40 mm from panel

Figure 3: est programme schematic esign

2.2 TEST SET UP AND PROCEDURE
The experiments were performed using a MTS Universal
hydraulic testing machine, running in displacement
control at 0.02 mm/sec. Deformations were measured by
means of transducers placed at two established points for
each series, as shown in Figure 4.
The characteristic strength value for the conducted tests
were evaluated according to both European and ASTM
standards, by estimating respectively the nominal stress
at 1% and 2% non-recoverable compressive strain
perpendicular to grain, as shown in Figure 5.
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Table 2: Test results according to European standards

Figure 4: est set up or
series right

series le t

est set up or

Test
series
A1
A2
B1
B2
C1
C2
D1
D2
E1
E2

𝑓𝑐,90,𝑚𝑒𝑎𝑛
(MPa)
4.72
4.22
4.77
4.27
4.22
4.14
4.15
4.33
4.93
4.68

COV
(%)
2.5
6.9
4.7
12.0
4.2
7.8
9.0
6.2
4.8
8.0

Deflection
(mm)
4.15
4.00
4.28
4.39
5.08
4.93
4.73
4.43
4.25
4.22

Def. max
(mm)
5.02
4.18
4.93
4.60
6.00
5.35
5.42
4.94
5.03
4.66

Table 3: Test results according to American standards

Test
series
A1
A2
B1
B2
C1
C2
D1
D2
E1
E2

𝑓𝑐,90,𝑚𝑒𝑎𝑛
(MPa)
4.60
4.09
4.60
4.10
3.84
3.78
3.83
4.09
4.76
4.51

COV
(%)
4.3
7.2
6.5
12.0
5.4
9.3
10.4
8.8
4.6
8.7

Deflection
(mm)
3.73
3.57
3.74
3.70
3.97
3.89
3.76
3.70
3.74
3.70

Def. max
(mm)
4.34
3.74
4.32
3.86
4.57
4.20
4.29
4.14
4.42
4.06

Table 4: Apparent stiffness value for each configuration
Figure 5: Compressi e strength calculation accor ing to
uropean an
stan ar s

3 RESULTS AND DICUSSIONS
3.1 EXPERIMENTAL CAMPAIGN RESULTS
Test results are all presented in Figures 6 and 7. Graphs
show the stress-deformation curve for each tested
configuration. Indication about the average maximum
compressive strength and the corresponding deflection
are provided, according to both European and ASTM
Standards. The latter case, as inferable from the dashpoint line in the graphs, is always more conservative
than the other. Tables 2, 3 and 4 give a summary of
numerical test output.
Results are expressed in terms of compressive strength
(Newton per square millimetre) for all tested
configurations, in order to provide comparable values
which can be helpful in outlining some
recommendations for the design phase. According to
EN408 standard, the compressive strength for
compression perpendicular to grain shall be determined
according to the following equation:
𝑓𝑐,90 =

𝐹𝑐,90,𝑚𝑎𝑥
⁄
𝑏𝑙

where 𝐹𝑐,90,𝑚𝑎𝑥 is the maximum compressive load
perpendicular to the grain, in Newton; 𝑏𝑙 is the load area,
in square millimetre.

Test
series
A1
A2
B1
B2
C1
C2
D1
D2
E1
E2

𝐸90,𝑚𝑒𝑎𝑛
(MPa)
366
338
376
308
256
258
269
308
392
370

COV
(%)
25.9
9.4
20.4
18.9
9.1
12.2
15.8
15.4
20.4
21.3

Def..ASTM/EN
(%)
13.3
10.8
12.5
15.8
21.9
21.1
20.7
16.5
12.0
12.3

However, it is important to point out how in case load is
applied through a CLT wall instead of a steel plate, as in
the case of B, D and E test set up, load distribution on
the loaded area is not uniform because of the higher
contribution of vertical oriented wall layers. Thus,
𝑓𝑐,90,𝑚𝑒𝑎𝑛 can be considered as an apparent compressive
strength for wood-on-wood test configurations and it can
help to understand better the load effect when wall
thickness or layer distribution change.
On the other hand, comparison of different loading
modes, such as steel plate or CLT walls, would be more
appropriately expressed through deflection per applied
load. According to this last consideration, a comparison
graph is reported in Figures 8 and 9.
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Figure 6: trength- e lection response or all teste length ise
con igurations

Figure 7: trength- e lection response or all teste cross ise
con igurations
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Table 5: Previous research studies overview
Authors
Gasparri E.,
2015

Figure 8: oa - e ormation cur e
eha iour comparison

or

eries

an

C

Salzmann C.,
2010 [18]
Serrano E.,
2010 [16]

Test
series

Nr.

𝐹𝑐,90,𝑚𝑒𝑎𝑛

(MPa)

COV
(%)

5
5
8
8
6
6
10
11
6
6

Gauge
length
(mm)
169
169
169
169
169
169
169
169
169
169

A1
A2
B1
B2
C1
C2
D1
D2
E1
E2

4.60
4.09
4.60
4.10
3.84
3.78
3.83
4.09
4.76
4.51

4.3
7.2
6.5
12.0
5.4
9.3
10.4
8.8
4.6
8.7

* “165”
** “165”

5
5

200
200

5.50
5.47

11.3
11.4

** C1
* C2

5
8

120
120

2.90
4.90

4.7
5.5

Note:
* Lengthwise edge set up configuration
** Crosswise edge set up configuration

II.

Figure 9: oa - e ormation cur e
eha iour comparison

or

eries

an

3.2 GENERAL OBSERVATIONS
Test results obtained tie in well with previous studies on
compression perpendicular to grain for European
manufactured CLT specimen, which are summarized in
Table 5.
Concerning the present research work, four main points
can be observed:
I.
Firstly, ASTM standard evaluation method
always gives back more severe output in terms
of maximum strength value, with an average of
5%. Results can differ up to 9% in some cases
(C1 and C2 series). As a consequence,
deformations involved are smaller if compared
to EN408 ones. It is interesting to point out that
the difference between outputs strongly depends
on the material modulus of elasticity (MOE), as
it can be easily inferred from Table 4. The
higher is the stiffness of the tested
configuration, the smaller the difference
between results. Finally, the European
evaluation
process
gives
back
more
homogenous output data, as suggested from the
coefficient of variation. On the other hand,
deformation values are less divergent when
calculated according to the ASTM standards.

III.

IV.

The output data variation for load arrangement
(see Figure 3, cases 1 and 2) according to floor
orientation is strictly related to load area
thickness. As expected, for thin linear load
distribution on the edge, the interaction between
the individual boards of cross-layers is less
significant, thus the difference in terms of
strength value among lengthwise and crosswise
applied load is greater (around 10%). On the
contrary, C, D and E series show similar results
according to load orientation and, in some
cases, the overall crosswise behaviour is better
than the lengthwise case.
This also confirms results obtained in previous
experiments. In fact, Salzmann obtains
practically identical values for compressive
strength in both directions by using a square
steel plate as loading regular surface. On the
contrary, Serrano reported extremely different
values in the two directions due to the use of
linear steel loading bars that are only 50 mm
wide.
Concerning series E, it can be stated that full
threaded screws give a strengthening
contribution equal to 12% on average. Anyway,
it is worth mentioning that, in the construction
practice, spacing between screws varies
according to specific structural design and it has
to be carefully defined also according to cost
related issues.
Finally, there are no substantial differences in
final results between wood-on-wood or steelon-wood loading configurations, as shown from
Figures 8 and 9. The only dissimilarity can be
ascribed to the deformation profile, which is
reasonably regular when steel plates are used.
On the contrary, if the load is applied through
CLT wall-oriented panels, the deformed edge
will be wavy (see Figure 11), depending on
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layer orientation. These results strongly differ
from Basta’s study output, which show a much
higher deviation between steel-on-wood and
wood-on-wood assemblies as this latter kind
involved large settlement effects since the very
beginning of the load application.

In order to characterize the stress-strain nonlinear
material behaviour, the following equation was used
[20]:
𝜀

3

𝜎 = (𝑟 − 2) 𝑓𝑐,90 ( ) + 𝐸90 𝜀
𝜀𝑝

where 𝜎 and 𝜀 are the stress and corresponding strain;
𝑓𝑐,90 is the compression ultimate strengths4; 𝐸90 is the
initial modulus of elasticity; 𝜀𝑝 is the strain
corresponding to 𝑓𝑐,90 ; 𝑟 = 𝜀𝑝 𝐸90 /𝑓𝑐,90 is an index of the
nonlinearity.

Figure 10: cre s installation or
e i ence or series right

series le t

e ormation

Figure 12:

Figure 11:
e ormation e i ence or
e ormation e i ence or
series right

series

le t

4 NUMERICAL ANALYSIS
4.1 SCOPE AND MODEL ESTABLISHMENT
The second phase of the research work dealt with a
numerical analysis, in order to fully understand results
from the experimental campaign and coping with its
limitations related to resource and time availability. In
fact, this has been useful for result implementation
through an investigation on material randomness. The
objective was to build a model that could simulate well
the behaviour encountered during tests for the various
configurations; therefore, the model considered both the
thickness and number of layer variations.
The simplified FE-analysis was performed by means of
ANSYS simulation software, selecting SOLID186
Homogenous Structural Solid as element type for
wooden members and assuming isotropic nonlinear
behaviour of the material.
Parameters used to characterize the model are:
 stiffness for wall longitudinal layers, 𝐸0 = 9200
MPa [10]
 stiffness for wall cross layers and every floor
layer, 𝐸90 = 𝐸0 /30 = 307 MPa [19]
 maximum capacity, 𝑓𝑐,90 = 7.5 MPa

isplacement no al solution

Finally, boundary conditions were determined in
accordance with experimental study behaviour. The load
was transferred uniformly at the top of the upper wall by
means of a thick steel plate defined element, mimicking
laboratory test setup. Besides, six degrees of freedom
constraints are applied at the bottom face nodes of the
lower wall, while the interface nodes between CLT walls
and floor panels have been coupled, assuming they do
not move independently under the present load
configuration. Results of the analysis are shown in
Figure 12.
4.2 FE MODEL CALIBRATION
This section makes a small step backwards to describe
the ultimate definition of the model used in section 4.1.
The first phase consisted in the determination of the
mean value curve, which better matched the
experimental results, through the definition of a model
with the exact geometry to be used in laboratory tests for
configuration D, that is to say CLT 5 ply walls. This goal
was pursued by gradually increasing the strength value
(𝑓𝑐,90,𝑚𝑒𝑎𝑛 ) obtained from test setup D1 and D2 (around
4 MPa) up to 10 MPa. The latter value intends to be
representative of the ultimate compressive strength
perpendicular to grain (𝑓𝑐,90 ) for the CLT floor panel
included in formula (1). Anyway, the curve obtained
4ultimate strength is not clearly defined for compression
perpendicular to grain behavior as it is not easily inferable,
because of the occurring densification phenomenon. In fact, the
characteristic strength value for compression perpendicular to
grain behaviour is based on deformation limitations.
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from the same model by changing the wall thickness (B
test set-up) has not given back consistent results
according to laboratory tests.
This non conformity encountered in the first ANSYS
model is attributed to the small projection of the CLT
plate with respect to the load area. In fact, this is
responsible for the observed geometric non linearity of
the system, which causes excessive vertical walls
rotation leading to an exaggerated reduction of the loaddeformation curve.
This analytical process led to the definition of the model
presented in the previous section, which responds well to
system configuration variations (see Figures 13 and 14).
Figure 15: opulation o

Figure 13: trength- e lection cur es rom
e perimental campaign an
-mo el

an

Figure 16:
ran omness

tress-strain

c,

couple aria les

cur es

representing

material

To acquire input data for ANSYS model, a population of
five hundred 𝐸90 and 𝑓𝑐,90 coupled variables have been
randomly selected by means of the Rt_inRisk program.
For this purpose, two input data have been determined:
 the coefficient of variation for both 𝐸90 and
𝑓𝑐,90 mean value, which are respectively equal
to 22% and 28% [10];
 the coefficient of determination r2 = 0.5, as it
can be inferred from the graph in Figure 15.
Finally, fifteen data pairs out of five hundred have been
selected as input value for ANSYS model simulations
(see Figure 16).
Figure 14: trength- e lection cur es rom
e perimental campaign an
-mo el

an

The x-axis on the graphs is representative of deflection
measured in the transducer position that gave the highest
contribution during the experimental campaign, that is to
say the one located at floor external edge. This choice is
strongly related to the purpose of the present research
work.
4.3 MATERIAL RANDOMNESS
As a second step, a parametric study on material
properties was performed in order to embrace a wider
range of possible response and better assess the design
phase.

Figure 17: nsys parametric stu y output
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during service life. The former depends on logistics
related issues, such as installation sequence, storage
duration and configuration and so on. This can be
considered as stabilized within the first year after
construction, as shown by an experimental campaign
conducted in situ for Limnologen project [9]. The latter
can originate seasonal movements on a daily basis,
which should be accommodated within the joint design
but present a minor magnitude compared to the former.
As a consequence, shrinkage contribution can be
reasonably divided in two parts according to the
following:
Figure 18: est set up

output or ma imum e lection

However, results showed that the solution range was too
large when directly compared with test output range. For
this reason, the COV associated with the assumed
compressive strengths has been reduced to 10%. This
allows one to get a narrower range of solutions that tie
well with experimental campaign results (see Figures 17
and 18).

IMPLICATION IN THE DESIGN OF A
PREFABRICATED FA ADE
As already mentioned, floor deformation in the case of
tall building occurs throughout the structure but it raises
major concerns when dealing with external walls, as
differential movements require specific attention in
external layer detail design. Cladding behaviour also
needs to be taken into account, as it concurs in the
degree of movement at joint level due to differential
expansion mainly caused by temperature gradients [21].
Ventilated claddings already available on the market are
designed to accommodate all differential movements.
This is true both for cladding and its substructure, which
has to process a certain degree of flexibility in order to
be compatible with different supporting structures. As an
example, metallic façade panels, which are usually
installed in large sizes thanks to their light weight, need
adequate joint amplitude to allow for thermal expansion
that can be quite significant due to material properties.
Conversely, mineral based façade elements allow to
minimize joint spacing as their thermal expansion is
extremely reduced. Anyway, they need to allow for
differential movements between cladding and
substructure, which will be most likely metallic.
That said, joint size within the design phase can be
determined according to the following formula:
IG = Ush + Ut0 + Ut∞ + Ucl
where 𝐼𝐺 is the initial gap to be guaranteed during
installation, in mm; 𝑈𝑠ℎ represents timber member
shrinkage; 𝑈𝑡0 is the short term deformation; 𝑈𝑡∞ is the
long term deformation; 𝑈𝑐𝑙 represents the specific
cladding joint size.
Timber member shrinkage is a complex factor to take
into account as it can also have an influence on short and
long term deformations. This phenomenon is caused by
two main agents: absorption of moisture during the
construction phase and boundary operating conditions

Ush = Ush−year + Ush−day
where 𝑈𝑠ℎ represents again timber member shrinkage, in
mm; 𝑈𝑠ℎ−𝑦𝑒𝑎𝑟 is shrinkage major contribution; 𝑈𝑠ℎ−𝑑𝑎𝑦 is
the shrinkage seasonal contribution.
Short term deformation refers to both tightening up of
joints and deformation of wood members under applied
loads. It is affected by a number of different factors, such
as timber species, characterized by very different
mechanical properties, joint configuration (e.g. floor
thickness and orientation, number of CLT boards and
their respective thickness, wall overall thickness) and
construction practice related issues. The latter applies,
for instance, to the case of a platform frame
configuration, as floors are loaded in compression
perpendicular to grain. Shortening of vertical wood
structures can be neglected as compression is parallel to
grain, where wood mechanical behaviour may be
comparable to steel and concrete [22].
Furthermore, in CLT construction practice, acoustic mats
are sometimes used at the floor wall interface to prevent
noise transmission through flanking. As elastic
decoupling elements, they are expected to deform under
load, contributing to increase complexity of joint
definition as far as short term deflections are concerned.
Manufacturers provide deflection value ranges according
to both specific applied load and acoustic mat density, as
shown in Figure 19.

Figure 19: ypical technical speci ication or acoustic
insulation mat le t
etail o acoustic mat installation right
ource et ner

As an example, short term deformation may be
determined according to the following:
𝑈𝑡0 = 𝑈𝑤𝑜𝑜𝑑 + 𝑈𝑚𝑎𝑡
where 𝑈𝑡0 is the short term deformation, in mm; 𝑈𝑤𝑜𝑜𝑑
represents wood floor deflection; 𝑈𝑚𝑎𝑡 is the maximum
acoustic mat deflection.

WCTE 2016 e-book | 1065

Long term wood deformation, known as creep, is the
time dependent increase of deformation under a constant
load in service conditions [23]. Eurocode 5 provides
some indications on how to include creep related
deformation during the design phase, through the
introduction of modification factors that take into
account the effect of load duration for timber structures.
Nevertheless, this topic is particularly complex as CLT
cannot be treated like glulam since it is more prone to
creep than other engineered wood products due to the
orientation of the cross laminations. Research conducted
at Graz University of technology in Austria reported
30%-40% larger creep values for CLT compared to
glulam after one year loading in bending. Canadian CLT
handbook provides some creep factors that are specific
from CLT, derived from experimental studies that are
still underway at FP Innovations research centre [24].
Cladding joint is determined for the specific
technological system in accordance with architectural
design. The most influencing parameters are façade
element dimension and orientation, and substructure
fixing system, which can be rigidly or independently
connected. Cladding deformation is intended on a daily
basis, as defined for seasonal shrinkage contribution.
Ucl = Ucl−day
In this perspective, deformation components related to
shrinkage and cladding can easily be arranged for
convenience, according to a time based definition, as
follows:
Ut−year = Ush−year
Ut−day = Ush−day + Ucl−day
where 𝑈𝑡−𝑑𝑎𝑦 represents the daily deformation excursion
due to environmental loads, considered in both
expansion and contraction.
Two additional formulas complement presented
guidelines for the design of prefabricated external wall
horizontal joint.
IG = Ut−year + Ut−day + Ut0 + Ut∞
CG = Ut−year + Ut−day + Ut∞
FG = Ut−day + Ut∞
where 𝐶𝐺 is defined as the gap after construction, in
mm; 𝐹𝐺 represents the final gap after stabilization, in
mm.
A practical example on how to estimate 𝑈𝑡0 in the light
of contents illustrated within this section of the work is
provided herein. First of all, some of the results obtained
from the finite element analysis were extracted and
reported in Table 6 for the scope of this exercise.
Deflection values for the acoustic insulation mat are
retrieved from Figure 19.

Table 6: esign stress alues an
per orme test results

Design stress
(MPa)
0.5
1.0
1.5
2.0
2.5
3.0

e ormation accor ing to

Def. mean
(mm)
0.4
0.7
1.1
1.5
2.1
2.4

Def. max
(mm)
0.6
1.2
1.8
2.6
3.3
4.0

Ut0−max (1.5 MPa) = Uwood + Umat = 3.1 mm
1,5 MPa can reasonably represent the design stress at the
first floor level of a 10 storey high CLT building. Let us
suppose that the deformation value is the one registered
during the experimental monitoring of the Limnologen
project one year after construction [9], that is to say 4
mm in the worst measured configuration (which
corresponds to the second floor in the case of that
specific project). The above mentioned building is only
six storey high, but according to the condition of
envelope total prefabrication, it is still sensible to assume
that the same deformation can apply even in the case of
doubling the height. 𝑈𝑠ℎ−𝑑𝑎𝑦 values can be considered as
negligible and 𝑈𝑐𝑙−𝑑𝑎𝑦 value is assumed as easily
absorbed from the façade joint system, which ranges
between 4 and 10 mm in most of the cases and set equal
to 8 mm for this example. Given all the above, 𝐼𝐺 at the
first floor could be equal to approximately 15 mm, plus a
safety factor that accounts for long term deformation.
Consequently, 𝐶𝐺 would be equal to 11,9 mm and 𝐹𝐺
would be equal to 8 mm according to standard cladding
joint as it is inside the area of a single wall panel.
The proposed calculation is intended to provide a
practical example and should not be considered as a
design value. The final joint design needs to account for
operating context, architectural design choice and
applicable legislation requirements.

CONCLUSIONS
The research work described in this chapter was
developed to define design guidelines for joint
dimensional definition in the case of prefabricated
external wall elements with CLT supporting structure.
To this purpose, a detailed investigation of vertical
movements in CLT load-bearing systems was carried out
according to different phases.
First of all, an extensive experimental analysis of
deformation behaviour of wall-floor-wall configurations
in the case of CLT panels was carried out and results
were confronted with previous studies on the same
matter. This has been useful to provide:
 comparison between the ASTM and European
test standard outlining their respective strengths
and weaknesses;
 information related to new test configurations,
involving wood-on-wood test set up and
comparison with previous research work;
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investigation of full threaded screws
contribution
to
compression
strength
perpendicular to grain in CLT floors.
Afterwards, FE modelling was used with the aim to
provide expected deformation ranges under compression
perpendicular to grain, which included also the worst
possible deformation according to material quality
randomness. Furthermore, the model was implemented
to give back coherent results with respect to all tested
configurations. This allows one to forecast the
deformation behaviour of specific configurations without
the need to perform additional laboratory testing.
Outcomes of this section of the work have been
integrated within joint dimensional design guidelines.
Further on, a detailed analysis of all factors playing a
role in deformation taking place at wall-floor interface is
presented, and the estimation of necessary dimensional
tolerance for horizontal joint design is carried out
through an empiric formula proposed by the author. This
accounts for all acting parameters contributing to total
deformation and provides indications on how to
determine each of the components, developing a numeric
example.
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EFFECT OF KNOTS AND SLOPE OF GRAINS ON THE ROLLING SHEAR
IN DIMENSIONAL TIMBER USED IN CLT CORE LAYERS
Grandvuinet T.1, and Muszyński, L.2
ABSTRACT: The cross-laminated timber (CLT) technology is also perceived as a potential for utilization of lumber of
lower grades and underused species, because the core layers perpendicular to the principle loading direction transfer
loads through rolling shear, which is not correlated to the grade of lumber. Current the product standard however
specifies the minimum grade requirements for all lumber to be used as CLT laminations. In this study the effect of the
presence of knots in the transverse core layer of CLT billets was examined in matched CLT samples where the heavy
presence of knots in the transverse core layer was the only variable compared to knot free reference. All samples were
tested as short-beams in three point bending and all failed in rolling shear in the transverse core layer. The presence of
knots had no measurable effect on the shear capacity expressed as nominal MOR of the tested CLT beam samples.
KEYWORDS: CLT (Cross-Laminated Timber), rolling shear, short span bending, effect of knots

1 INTRODUCTION 123
Cross-laminated timber (CLT) is an engineered
structural composite panel usually consisting of three to
nine layers of dimensioned lumber arranged
perpendicular to each other. It is not merely a new
structural material but a new building technology in
which CLT panels are used as prefabricated walls,
floors, and roofing elements. This technology is being
proposed as a new solution for tall wood building
construction to compete with traditional concrete and
steel building construction.
The cross lamination of layers provides for dimensional
stability of CLT elements. In this arrangement however
the layers oriented perpendicular to the main loading
direction contribute little to compression capacity of
walls. In floor elements the layers perpendicular to the
main strength direction are subjected to rolling shear as
they transfer shear stress between the layers, but due to
the discontinuity do not transfer normal bending stress.
Rolling shear is defined as the shear stress leading to
shear strains in the radial-tangential plane, and is one of
the lowest strength characteristics of wood (3-5% of
UTS) and not easy to determine [1-5]. A diagram
illustrating the effect of the rolling shear in CLT layups
is shown in Figure 1.
In certain application, such as short-span bending,
rolling shear strength of the cross layer may control the
design of CLT floor assemblies. The interest in rolling
1
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shear capacity in dimensional lumber was marginal until
the emergence of CLT and only limited literature exists
concerning this property [2-8]. What has been
documented was that the rolling shear strength and
stiffness of the cross layer is related to the species,
density, growth ring orientation and manufacturing
parameters (e.g. presence of edge bonding, clamping
pressure, size and geometry of the laminate’s cross
section) [2-8], but there is no evidence for a meaningful
correlations with the grade of lumber. Thus the CLT
technology, with substantial volume of the core material
transferring loads through rolling shear, is perceived as a
potential for utilization of lumber of lower grades and
underused species.

Figure 1. A diagram illustrating rolling shear in the
transverse core layers of cross laminated
timber (CLT) panels [5].
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The North American product standard for CLT
(PRG320) prescribes lumber grades for all layers in the
layup [9] even though there is no evidence that the
rolling shear strength is in any way related to the grade
as determined primarily by the number, size and position
of knots in the laminations.
The aim of this study was to determine the effect knots
present in the core layer lamellas of 3-layer CLT panels
on their principle engineering parameters.
Rather than attempt direct determination of the rolling
shear capacity in individual laminations an approach was
selected that allows measurement of the effect of knots
on CLT layups following the standard way the property
is measured when nominal engineering characteristics of
CLT panels are determined for panel grading and design
purposes. For expediency of a proof-of-the-concept
study boundary test conditions were investigated.

2 MATERIALS and METHODS
The center point bending tests were performed following
ASTM D198-13 [10] on short beams (span-to-depth
ratio of 5.95) extracted from 570 mm x 610 mm 3-layer
Douglas fir CLT billets produced in the lab. The diagram
of the test setup is shown in Figure 2.

Figure 2. Schematic diagram of the short span bending
tests setup following ASTM D198-13.
Nominal 51 mm x 102 mm (2” x 4”) Douglas fir
(Pseudotsuga menziesii) lumber was obtained from a
local sawmill kiln dried to 12% moisture content. The
lumber was conditioned at 20° C and 65% relative
humidity for at least 48 hours prior to manufacturing of
the CLT billets to ensure full moisture equilibration
within 3% of 12% MC. All laminations were planned on
wide faces within 48 hour before the pressing. Annual
ring orientation of the core laminations was random
roughly reflecting the distribution determined for the
delivered pack. At the target MC and after planning the
thickness of the laminations was 28.5 mm ± 0.2 mm.
Table-1 Growth ring orientation in the lumber used for
laminations

Flat sawn
Rift- sawn
Quarter sawn

Total

Number
40
33
3
76

%
53%
43%
4%
100%

The billets were bonded with phenol resorcinol
formaldehyde (PRF) adhesive (resin (CASCOPHEN LT75C and a hardening agent CASCOSET FM-282C mixed
at a resin to hardener ratio of 100/15-17) donated by
Hexion, with a spread rate of 270-490 g/m2.

Figure 3. Examples of the arrangement of knots in the
core layer of test billets.
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The laminations designed for the core layer were
carefully manipulated from longer pieces in order to
obtain one half of the length substantially charged with
knots and the other half almost clear (Figure 3). These
laminations were arranged in a way that from each
570 mm x 610 mm billet one could obtain two short
beams of width of 305mm (12”) and span-to-depth ratio
falling between 5 and 6, as required by the short beam
bending test method in ASTM D4761-13 [10]. One set
of these beams included core layer heavily charged with
knots, while the other was almost clear. Twelve beams in
each set.

3 RESULTS
All of the samples tested in this study broke by rolling
shear failure in the core layer, most in a section adjacent
to the loading point (Figures 4 and 5).
Specimen A03

While neither situation represents a realistic distribution
of knots in the core layer made of #2 or #3 lumber, they
were consciously selected as providing opposite
extremes or border cases useful for a test aimed at
providing a proof of the concept.

Specimen A08

Figure 3. Schematic diagram of the short span bending
tests setup following ASTM D198-13.
Center point bending test were performed at a cross head
movement of 0.250 mm/min until failure. The mid-span
deflection of the neutral axis (Δ) was measured using a
10 mm linear variable differential transformer (LVDT).
The setup is shown in Figure 3.
As the test progressed beyond the linear elastic region
the loading procedure would be paused and the LVDT
disengaged in order to protect it from damage during the
specimen failure. After that the loading would be
resumed until failure. From this point on the cross head
position would be used as a proxy for deflection.
Consequently, while the actual load-displacement curves
were used to calculate the modules of elasticity, loadposition curves were produced to illustrate the responses
of individual specimens to the loading regime from the
beginning to the ultimate fracture.
The failure mode of each specimen was observed and
recorded.

Specimen A11

Figure 4. Typical rolling shear failure modes in the short
beams with clear cores.
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Figure 6. Typical load position curves for CLT beams
with clear and knotty core layers
Load-position curves for all specimens are presented in
Figure 6.
120
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B08
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40

20

Figure 5. Typical rolling shear failure modes in the short
beams with knotty cores.
Typical load-position curves for CLT beams with clear
and knotty core layers are shown in Figure 6. In these
lines the position of the cross head was used instead of
the actual deflection to provide full visual record of the
specimen response to load all the way to the fracture
point. The short set of straight lines to the left of the
curves represents actual deflections of the neutral axis of
the beams as recorded with the LVDT and used for
calculation of the apparent modulus of elasticity MOE.
The LVDT however was removed before the final stage
of loading that led to failure.
Load and deflection data for specimen A6 (clear core)
have not been registered due to equipment failure.

0

0

2

4

6
POSITION, MM

8

10

12

Figure 7. Typical load position curves for CLT beams
with clear (A specimens, or red lines) and
knotty core layers (B specimens or blue lines).
Apparent modulus elasticity (MOE: including the shear
deflection component) and the modulus of rupture
(MOR: the nominal maximum normal stress at the
extreme fibers at the time of rolling shear failure) were
calculated for the beams following the standard
procedures.
The ultimate loads, apparent modules of elasticity and
modules of rupture for individual specimens are
presented in Table 2.
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Table 2. Test results for individual specimens.
Clear core (A)
Max
Load
MOE
MOR
kN

GPa

MPa

Knotty core (B)
Max
Load
MOE
MOR
kN

GPa

MPa

1

88.3

3.51

27.0

90.4

4.35

27.6

2

97.3

4.03

29.7

112.5

4.91

34.3

3

95.4

3.91

29.1

90.6

4.37

27.6

4

87.0

4.27

26.6

82.0

4.21

25.0

5

83.7

4.59

25.5

93.5

5.13

28.5

82.6

4.74

25.2

6

-

-

-

7

88.1

3.89

26.9

92.0

4.73

28.1

8

95.7

4.55

29.2

88.7

4.97

27.1

9

91.3

4.36

27.9

105.5

3.92

32.2

10

83.7

2.97

25.5

90.0

3.38

27.5

11

73.0

2.81

22.3

86.1

4.39

26.3

12

73.5

2.58

22.4

79.6

3.38

24.3

Summary results: mean MOE and MOR values and the
related coefficients of variations are summarized in
Table 3.
Table 3. Summary test results.
Specimen
Clear core
Knotty core

MOR
Mean
COV
MPa
26.5
9%
27.8
10%

MOE
Mean
COV
GPa
3.78
19%
4.37
13%

Sample
size
12
12

Comparing the distributions of MOR values, it is clear
that there is virtually no difference between the shear
capacity of beams including core layers composed of
clear and knotty laminations. Moreover, the beams with
knotty cores appear slightly stiffer than that with clear
cores, although the MOE values are charged with higher
variability than MORs.

4 DISCUSSION
One of the possible explanations is that the rolling shear
is failure mode “preferring” clear straight-grained wood,
where initial check can easily propagate through
regularly arranged rows of tracheids or along the
earlywood/latewood boundaries, which present easy
shear fracture paths. Presence of knots and related grain
angle waves disturb this regular cell structure
arrangement and are likely to make the propagation of
shear fraction through the material more difficult.
In the same time, however, presence of large knots on
the flat surfaces may compromise the quality of the
adhesive bonds between lamellas in adjacent layers
increasing the local presence of cross grains and
extractives on the surface.
Apparently the these two opposing effects offset each
other and the net effect on the rolling shear capacity of
the short panels loaded in three point bending is zero.

The negligible effect of the heavy presence of knots in
the transverse core layer on the stiffness of the
assemblies is little more complicated and no intuitive
explanation can be offered without additional analysis.
4.1 Limitations
It is important to note several substantial limitations to
this study. The most important is the fact that the
presence of knots is just one of many criteria used to
grade structural lumber. Others include slope of grain,
presence of wane, shape distortions (particularly crooked
pieces), cutting marks etc. Most of them would still be
unacceptable in the core layers of CLT.
It follows, that while this study proves that heavy
presence of knots and the related grain disturbances in
core laminations perpendicular to the main loading
direction does not impact the engineering characteristics
of CLT panels subjected to unfavourable short-span
bending conditions, it does not prove that lower grades
of lumber, as presently defined can be accepted in the
core layer without further limitations.
Further, while presence of knots is related with
substantial local disturbance of grain angle, the effect of
grain angle alone has not been isolated in this study. This
may and should be a subject to a separate study.
Finally, this study was limited to 3 layers CLT
specimens with one core layer in the middle plane.
Although a valid hypothesis can be made that similar
effect would be expected wit knotty transverse core
layers in 5-, 7- and 9-layers layups, such hypothesis
should be confirmed with an experimental study.
4.1 Opportunity
Should the effect described in this study be confirmed
for CLT layups including larger number of layers and
constructed with a larger variety of commercially
important species, it would be possible to specify unique
grading criteria for the transverse core layers of CLT.
Albeit for different reasons than considered in this study,
glulam industry may serve for an example, or a
precedence for defining special lumber grading criteria
for a specific product. Special grade rules for transverse
core layers in CLT allowing certain carefully defined
features not acceptable in other structural grades would
help promoting and adding value to lumber currently
considered unacceptable for any structural applications.

5 CONCLUSION
The outcome of this study is not only in agreement with
the earlier observation that the rolling shear response of
wood does not depend on its grade, but demonstrates that
even a heavy presence of knots in core laminations
perpendicular to the main loading direction does not
impact the engineering characteristics of CLT panels
subjected to unfavourable short-span bending conditions.
This finding is of major importance for the perspective
of utilization of low quality lumber downgraded because
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of the presence of knots and related grain disturbances in
the core layers of structural CLT panels. Presence of
substantial shape distortions and cutting marks would
still be unacceptable.
If future work leads to determination of the effects of the
slope of grain and the presence of wane, it may be
possible to specify unique grading criteria for the
transverse core layers of CLT that would promote adding
value to lumber currently considered unacceptable for
structural applications.
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EVALUATION OF LAMINATION EFFECT ON IN PLANE BENDING
STRENGTH OF CROSS LAMINATED TIMBER
Tsuyoshi Aoyama1, A ihisa Kitamori2, Ta uro Mori2, Hiroshi Isoda2,
Yasuhiro Ara i3, Ta a umi Na a a a4
ABSTRACT: Various kind of in-plane bending tests of cross laminated timber (CLT) with different shapes have been
previously carried out. The results indicate that the bending strength of CLT loaded in plane reduces as the number of
layer increases. To evaluate this lamination effect on in-plane bending strength of CLT, a computational model based on
Monte Carlo method was developed. The estimated bending strength showed the same tendency.

KEYWORDS: cross laminated timber, in-plane bending, computational model

1.

INTRODUCTION 123

Cross laminated timber (CLT) attracts considerable
attention in Japan from the viewpoint of promotive and
effective utilisation of domestic timber such as Japanese
Cedar. It would lead to sustainable forest management
and have a positive effect on reduction of CO2 emission.
The mechanical properties of CLT, however, has not been
sufficiently found to apply this material to large scale and
multi-story buildings. The bending strength loaded in
plane is important when CLT is used for walls. Some
results of previous tests suggest that in-plane bending
strength decreases as the number of longitudinal layer
increase. In this research, the term lamination effect is
defined as a tendency that in-plane bending strength of
CLT decreases with increasing number of longitudinal
layer. This research aims to evaluate the lamination effect
using Monte-Carlo method and to acquire a good
agreement between estimated and experimental value.
First this paper mentions some results of previous
research which suggest the existence of lamination effect.
Second, a computational model to estimate CLT bending
strength will be explained. Two types of failure criteria
are employed in the model: one assumes that CLT
bending strength is determined only by weakest lamina
and the other allows load redistribution among existing
lamina after the fracture of the first lamina. Third, the two
tests the authors conducted will be mentioned. CLT beam
bending test loaded in plane and lamina edgewise bending
test were performed in order to confirm the existence of
1
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lamination effect in CLT beams and to acquire regression
function between modulus of elasticity and bending
strength. Finally, CLT in-plane bending strength is
estimated by the model and the value is compared with
experimental value.

2.

PREVIOUS RESEARCHES

In this section, some results of previous tests on CLT are
shown. The specimens of all tests described in this
paper were made from Japanese Cedar (Cryptomeria
japonica) and manufactured according to Japanese
Agricultural Standard.

2.1.

CLT BEAM BENDING TEST

Three point bending test on CLT beams with five layers
which have different size and layer composition was
conducted [1]. The specimens were composed of lamina
with finger joint (FJ). The size of specimen is illustrated
in Figure 1. A5-2 and B5-2 have two longitudinal layers,
on the other hand A5-3 and B5-3 have three. Modulus of
rupture (MOR) related to net cross section of longitudinal
layers was calculated from the maximum load.
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A5-3

vertical load

B5-3

A5-2

B5-2

Figure 3: -shape specimens an test setup
eam en ing test

In all specimens, failure was caused by bending stress
near the centre of the specimen. As shown in Figure 2,
MOR of specimens which have three longitudinal layers
tend to be lower than that of specimens with two
longitudinal layers. It should be noted that this result can
be caused by position of defects such as FJ or knots.

Maximum tensile stress of each specimen are shown in
Figure 4, indicating that the strength tends to decrease as
the number of longitudinal layer increases.
40
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3.

L SHAPE CLT PANEL TEST

L-shape CLT panels composed of lamina without FJ with
three and five layers were prepared [2,3]. L3-1 and L5-2
have three and five layers, respectively. Horizontal load
was applied at one side of the specimen while the other
side is pin connected as described in Figure 3. After the
test the specimens failed by bending at the beam or
column were chosen to obtain the maximum tensile stress
as the sum of the bending stress calculated by the same
method in 2.1 and tensile stress by axial load based on net
cross section area of longitudinal layers.
horizontal load
1200

440

510
1200

1200

360

360

L3-1

L5-2

L5-2

-shape test

DISCUSSION

The results of both tests suggest the existence of
lamination effect. As first step for estimation of CLT
bending strength, this research focuses on simple beams
like in section 2.1 without defect such as FJ or knots.

eam en ing test

1200

L3-1

3.1.

COMPUTATIONAL MODEL
OVERVIEW

To study the decrease in bending strength with increasing
number of layers, a simple computational model based on
Monte Carlo method was developed. The model assumes
that failure occurs at one of the lamina arranged on the
edge of the tension side. The lamina which has minimum
maximum strain collapses first, considering lamina as a
perfectly elastic body during the whole process.
The first step of calculation is to allocate dynamic
modulus of elasticity (Efr) to the lamina at the edge of the
tension side. Second, MOR of lamina is generated from
the regression equation between Efr and MOR acquired
from edgewise bending test of lamina described later. As
shown in Figure5, MOR’ on the regression line is
calculated and then MOR is generated according to
normal distribution whose mean value and standard
deviation are MOR’ and residual standard deviation
(RSD), respectively. Maximum strain (𝜀𝑚𝑎𝑥 ) is calculated
by equation (1).
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𝜀𝑚𝑎𝑥 =

𝑀𝑂𝑅
𝐸𝑓𝑟

This process is repeated until it found that load
redistribution cannot occur. In this model, decrease of
bending strength as the number of longitudinal layer can
be restrained compared with the first model.

(1)

𝜎𝑡𝑜𝑡 𝑖 < 𝜎𝑡𝑜𝑡 𝑘

MOR

(2)

where 1 ≤ i ≤ n − 1, 2 ≤ k ≤ n
n: number of longitudinal layer

MOR’

σtot2 σtot3

MORｎ

N (MOR’, Sd)

Figure 5: eneration o lamina

・・・

σtot1

Efr
R rom

r

During whole process strain on the tension side in each
longitudinal layer is considered always equal. Therefore,
the lamina which has minimum 𝜀𝑚𝑎𝑥 collapses first. Two
calculation methods were employed in this research;
weakest link method and load redistribution method.

3.2.

ε1

WEAKEST LINK METHOD WLM

Weakest link method (WLM) assumes that CLT collapses
simultaneously with the weakest lamina fracture. MOR of
CLT (MORCLT) is calculated as average stress occurs in
each lamina at the moment of the weakest lamina failure.
The overview of the model is shown in Figure 6.

i=1, k=2

σb1＝Efr  εmax2
MORCLT= (MOR2+σb1)/2

MOR2

εｎ

ε2 ε3

Not satisfied

i ←i
k ←k+1

If (k = n)

Satisfied

i ←k
k ←k+1

If (k = n)

MORCLT = σ tot i / n

MORCLT = σ tot k / n

MORCLT
MOR1
Efr2
Efr1

n9

εmax2

εmax1

Load redistribution model (LRM) is based on the idea
that load redistribution occurs among existing lamina
when the weakest lamina failed. Figure 7 illustrates
When strain reaches maximum strain of the weakest
lamina (ɛ1), sum of tensile stress at ɛ1 (σtot1) is calculated
from lamina Efr and ɛ1. Similarly, σtot2 is obtained at
maximum strain of the second weakest lamina (ɛ2). If
σtot1 < σtot2 is satisfied, it means that load redistribution
succeeds because in this case there must be a strain value
where σtot1 = σtot2 is satisfied between ɛ1 and ɛ2, otherwise
redistribution process fails in this number of longitudinal
layer and investigation of equation 2 where i =1 and k=3.

・・・
7
6

k

LOAD REDISTRIBUTION MODEL
LRM

・・・

8
n -1

Figure 6: eneral instruction o the mo el

3.3.

MORCLT = σtot k / n

10

・・・

σb1

MORCLT = σtot i / n

5
4
3
2

:Redistribution applied
:Redistribution not applied

1
0

0

1

2

3

4

5

6

7

8 ・・・9

i
Figure 7: asic i ea o loa re istri ution

n-2
n-1 12
10 11
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REINFORCEMENT EFFECT RE BY
TRANSVERSAL LAYERS

4.
4.1.

1020

100

440

Flaig (2014) finds that transversal layers of CLT beams
have some effect to increase bending strength of
longitudinal lamina by performing lamina edgewise
bending test with a part of transversal lamina using
Norway spruce ( icea a ies) [4]. The result indicates that
the reinforcement effect becomes larger as knot area ratio
(KAR) of the sections where failure occurs increases.
Since KAR of lamina is not investigated in this research,
the mean value in the experiments by Flaig (2014), 0.25
was employed. In this research, the ratio of reinforced
lamina against single lamina was considered as 1.35.

2,240

2040

100
150

3.4.

series5-2

EXPERIMENTAL INVESTIGATION
CLT BEAM BENDING TEST LAMINA
E r PREMEASURED

4.1.1. Mat rials and m thods
The specimens employed in the test described in 2.1 was
composed of lamina with finger joint (FJ) and position of
knots were not taken into consideration. Therefore, the
result could be caused by such defects. To verify the
existence of lamination effect, three and five layered CLT
beams composed of lamina without FJ were prepared.
Series3-1 has one longitudinal layer of three layers in total
and series5-2 has two of five, each comprising ten
specimens. Size of the specimens and the cross section are
illustrated in Figure 8. When the specimens were
manufactured, lamina arranged at the edge of tension side
were chosen so that there is no knot near the centre of the
specimens. Their Efr were measured before the test to
acquire the distribution function for the model. Three
point bending test loaded in plane was performed and
bending strength of CLT beams related net cross section
was calculated from the maximum load.
2240

2040
1020

510

100

90

100

series3-1

<<

Efr measured lamina
Figure 8: i e o the specimens an cross section

4.1.2. R sults and dis ussion
All specimens were collapsed by bending stress. The
result is shown in Table 1 and bending strength of each
specimen is shown in Figure 9, indicating that the mean
value of series 5-2 is lower than that of series 3-1. It means
that the difference of bending strength caused by
lamination effect. On the other hand, there is no
significant difference in the 5th percentile (P5) since
coefficient of variance (CV) of series 5-2 is lower than
that of series3-1.
Table 1: est result o C
eams
MEAN
series
CV
(MPa)
3-1
51.5
8.9%
5-2
47.8
6.7%

ithout
P5
(MPa)
41.9
41.0
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Bending Strength (MPa)

70.0
60.0
50.0
40.0
30.0
20.0
10.0
0.0

series 3-1

series 5-2

Figure 9: en ing strength o each specimen

Figure 10 shows the distribution of density and Efr of
lamina arranged at the edge of the tension side. These
distribution function will be employed in the model
calculation later.

Figure 11: est setup o lamina en ing test

4.2.2. R sults and dis ussion
All specimens failed by bending stress. Figure 12 gives
some photographs of specimens after the test and ratio of
fracture origin. The distribution of Efr and MOR of lamina
are shown in Figure 13, indicating Efr are higher than
those of lamina in section 4.1. MOR was calculated only
for specimens whose failure occurred between two
loading points.

①
Figure 10: istri ution o

4.2.

ensity an

Base material

②

Knot (on the edge)
unclear
12%

r o lamina

LAMINA EDGEWISE BENDING TEST

4.2.1. Mat rials and m thods
320 laminae for CLT with a thickness of 30 mm, a width
of 124 mm and a length of 2000 mm (without FJ) were
prepared. Four-point edgewise bending test illustrated in
Figure 11 was carried out to acquire the regression
equation between Efr and MOR of lamina. Efr of all
specimens were measured before the bending test.
F

F

30

124
620

1860

①
34%

③
13%

②
41%

③

Knot (not on the edge)

Figure 12: Ratio o racture origin

MOR (MPa)
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R² = 0.0641
8
10
12
Efr (GPa)

80 y = 2.8698x + 30.396
R² = 0.1997
70
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50
40
30
20
10
y = 2.0584x + 22.253
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R² = 0.0323
4
6
8
10
12
Efr (GPa)
Base material

knots

Figure 14: iner regression et een
a o e against hole specimen, elo
origin
Figure 13: istri ution o

r

an

R o lamina

The relationship between Efr and MOR is given in the
graph at the top of Figure 14. Generally, timber has a
strong correlation between modulus of elasticity and
bending strength, but the result of indicates a weak
correlation. To study this tendency, the specimens are
divided into two groups based on fracture origin: base
material and knot. Former is composed of specimens
categorised in i) in pie chart in Figure 12 and latter is ii)
and iii). Regression line of each group was individually
drawn as shown in the graph at the bottom of Figure 14,
indicating that correlation is stronger in base material
group than in knot group. It is found that the correlation
as a whole was weakened by existence of knots. This
tendency would be more remarkable in edgewise bending
in that ratio of knot to thickness tends to be larger than
that in flatwise bending.

r

an
R
i i e y racture

Regression equation between Efr and MOR and residual
standard deviation (RSD) in each fracture origin were
described below.
MOR = a · 𝐸𝑓𝑟 + 𝑏 (3)
(MOR in MPa, Efr in GPa )
Table 2: Regression analysis on each racture origin
a
b
RSD

.

.1.

Whole

2.9845

21.339

10.687

Base material

2.8698

30.396

6.219

Knots

2.0584

22.253

9.306

CALCULATION BY THE MODEL
OVERVIEW

In-plane bending strength of CLT beams were calculated
by the model described in section 3 to compare the value
with experimental value obtained in section 4.1. Four
calculation methods were tested: WLM with and without
RE, LRM with and without RE. Distribution and
regression functions obtained from the tests previously
described were employed as follows:
① The distribution of lamina Efr in section 4.1 was
applied to generate each of them assuming normal
distribution.
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②

Lamina Efr was generated within the range from
minimum to maximum of Efr of the laminae used in
section 4.1.
To generate MOR from Efr, the whole regression
function in section 4.2. was used (the top row of the
Table 2)

③

.2.

SIMULATION RESULTS

Summary of calculation results are given and compared
with test result in Table 3. Without RE, both simulated
mean and P5 value are lower than experimental value. In
contrast, calculated MOR with RE is higher than test
results.
Table 3: Comparison o
an calculate alue

Experimental

without RE
WLM

with RE

LRM

WLM

LRM

MEAN

51.5

41.9

42.1

57.8

58.0

CV

8.9%

25.9%

25.4%

26.2%

26.4%
32.7

series3-1

P5

41.9

24.0

24.4

32.8

MEAN

47.8

35.9

36.3

49.3

49.9

CV

6.7%

24.5%

23.0%

24.8%

23.0%

P5

41.0

21.4

22.5

29.1

31.0

series5-2

As shown in Figure 5, simulated mean MOR decreasing
with increasing number of longitudinal layer (n
regardless of WLM or LRM. LRM influences on P5
especially if n is large.

without RE
70.0
60.0
MORCLT

50.0

40.0
30.0
20.0

10.0
0.0

0

1

2

3

4

5

6

7

n

with RE
70.0
60.0
MORCLT

50.0

1

2

3

4

5

3
2
1
0

6

n

with RE
100%
80%
60%
40%
20%
0%

1

2

3

4

5

3
2
1
0

6

n
Figure 16: re uency o loa re istri ution

.3.

SIMULATION IN WHICH KNOT
EFFECT REMOVED

So far regression equation between Efr and MOR of
lamina based on all lamina as shown in the top row of
Table 2. In this section, lamina whose fracture origin were
its base material were only used to generate lamina for
simulation. It is appropriate to take this method to
reproduce the experiment results since as mentioned
earlier, the lamina employed in section 4.1 did not have a
knot near the centre of the specimens. Moreover, it was
confirmed that no specimen was failed from knots by
checking photograph after the test. When lamina MOR is
generated from Efr, the figures at the middle row of Table
2 were used. The simulation value is compared with test
value in Table 4. Calculated value is in good agreement
with experimental value especially in mean value. As
shown in Figure 17, the frequency of load redistribution
has become much smaller than in the previous section,
resulting in little difference of MORCLT between WLM
and LDM.
Table 4: the result o simulation in hich knot e ect remo e

40.0
30.0

Calculated
MEAN, P5 in MPa

20.0
10.0
0.0

without RE
100%
80%
60%
40%
20%
0%

R et een e perimental alue
Calculated

MEAN, P5 in MPa

Figure 16 shows the frequency of load redistribution,
indicating that it rarely occurs more than once.

Experimental

without RE
WLM

0

1

2

3

4

5

6

7

series3-1

n
WLM_MEAN
LRM_P5

Figure 15: Relation
longitu inal layer

WLM_P5

LRM_MEAN

TEST_MEAN

et een

RC

TEST_P5

an

num er o

series5-2

LRM

MEAN

51.5

50.1

50.2

CV

8.9%

12.8%

13.1%
39.3

P5

41.9

39.5

MEAN

47.8

46.6

46.5

CV

6.7%

11.2%

11.5%

P5

41.0

37.9

37.7
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with CLT construction, the 65th Annual Meeting of
the Japan Wood Research Society, 2016
[4] M. Flaig, H.J. Blaβ: Bending strength of cross
laminated timber beams loaded in plane,
Proceedings of World Conference on Timber
Engineering 2014
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Figure 17: imulate mean an
re uency o loa re istri ution elo
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CONCLUSION

The existence of lamination effect was empirically and
computationally verified. The mean value obtained from
simulation decreases as the number of longitudinal layer
increase in all calculation method employed in this paper.
On the other hand, 5th percentile decreased in calculations
without load redistribution and slightly increased with
load redistribution. It is suggested that transversal layers
have some reinforcement effect, but further investigation
is necessary to evaluate the effect in Japanese cedar.
To make this model more versatile and accurate, further
investigation such as properties and reinforcement effect
of longitudinal layers is necessary.
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INFLUENCE OF LAYER AND LAMINATE CHARACTERISTICS ON
SHEAR PROPERTIES OF CROSS LAMINATED TIMBER AND HYBRIDS
Jan Niederwestberg1, Ying Hei Chui2, Meng Gong3
ABSTRACT: In-plane shear and planar shear due to out-of-plane bending are important properties for the design of
CLT-type floor systems. Properties of CLT-type panels are influenced by the orientation of the layer’s major stiffness
directions and the properties of their layers. The layers are influenced by their characteristics, laminate aspect ratio,
growth ring orientation and edge-gluing. In order to utilize the mechanical potential of CLT-type panels, it is necessary
to understand the effects of layer and laminate properties on CLT performance. CLT and CLT-hybrid panels were
tested in planar and in-plane shear tests. The shear properties were evaluated using static and modal test procedures, the
accuracy of non-destructive test methods was evaluated. Relationships between specimen properties and the
characteristics of laminates and layers, such as aspect ratio, growth ring orientation and edge-gluing, were established.
KEYWORDS: Cross laminated timber (CLT), Hybrid, Shear properties, Rolling shear, Layer characteristics

1 INTRODUCTION 123
Cross laminated timber (CLT) is an engineered wood
product made from layers of timber pieces. Hybrid cross
laminated timber (CLT-H) is a similar structure made
from layers of timber pieces in combination with layers
of engineered wood panel products. In general, the layers
are glued together with the major stiffness direction of
adjacent layers being orientated at 90 degrees to each
other. As a result of the alternating major stiffness
direction of the adjacent layers, CLT and CLT-H show
not only material dependent anisotropy, but also
structural anisotropic behaviour. The layered glue-up
forms a stiff and strong plate-like structure, similar to
reinforced concrete slabs. CLT and CLT-H show
potential for two-way resistance action and therefore an
economical use in floor construction. To take advantage
of this, two-way design models for out-of-plane loading
are necessary, which in turn require a number of elastic
and strength properties to be known. Among them are
the so-called planar (rolling) shear caused by out-ofplane bending and in-plane shear properties. The shear
properties of CLT and CLT-H are strongly influenced by
the properties of their cross layers. While the in-plane
shear properties of CLT-type elements have a minor
influence on the structure’s load carrying and
deformation behaviour in beam like applications, the
influence of rolling shear on the behaviour of CLT and
CLT-H in beam-like structures is strong. Furthermore,
rolling shear failures are one of the common failure
1

Jan Niederwestberg, University of New Brunswick, Canada,
j.nwb@unb.ca
2
Ying Hei Chui, University of New Brunswick, Canada,
yhc@unb.ca
3
Meng Gong, University of New Brunswick, Canada,
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mechanisms for these types of panel products in out-ofplane loading. In systems that utilize the two-way
resistance action potential of these panel types, like
floors that are supported on all sides or with supports on
columns, the influence of in-plane and planar shear
properties can be more dominant. This paper deals with
findings from two studies. One that highlights how the
characteristics of the wooden laminates within the layers
of CLT panels, such as aspect ratio (width to thickness),
growth ring orientation and the existence of edge-gluing,
influences the in-plane and planar shear properties of
CLT. The other study presents the effects of the use of
two different structural composite lumber (SCL)
materials on the performance in hybrid CLT.

2 CLT TEST SERIES
2.1 MATERIAL ASPECTS
For the shear property evaluation of CLT panels with
different laminate characteristics wooden boards (mainly
spruce) with various growth ring patterns were
conditioned to a moisture content of about 13%. To
facilitate further processing, all boards were sized to
constant dimensions after conditioning. The boards had a
length of 1500mm, a width of 128mm and a thickness of
19mm. In order to maintain the achieved moisture
content during further processing and testing, the
material was stored in a conditioning chamber
maintained at 20°C and 65% relative humidity.
2.2 EVALUATION OF LAMINATE
CHARACTERISTICS
The modulus of elasticity (E) and the shear modulus (G)
of wooden boards were determined by use of a free-free
beam modal testing technique as described by Chui [1]
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and Chui and Smith [2]. In order to obtain the elastic
characteristics of the boards, the first and second natural
frequencies in free-free support condition were
determined. Free-free support conditions were achieved
by suspending the test specimens with springs. Based on
the laminate natural frequencies, dimensions and density,
their E and G were evaluated in an iterative process.
In order to focus on the influence of the laminate
characteristics of the laminates, the wooden boards were
sorted into different groups with similar mean elastic
properties and growth ring orientation (flat-sawn,
quarter-sawn and about 45°). The boards within a group
were sized to a specific aspect ratio. Three different
laminate widths were investigated, 120mm, 76mm and
32mm, while keeping the thickness constant, giving
three approximate laminate aspect ratios of 8:1, 5:1 and
2:1.
2.3 EVALUATION OF SINGLE-LAYER
PROPERTIES
The boards within a group with similar characteristics
and the same aspect ratio were glued together to form
fully-edge-glued (FEG) and semi-edge-glued (SEG)
single-layer panels using a one-component structural
polyurethane adhesive. FEG-layers were formed by
laminates glued together over the whole length of the
laminates. SEG-layers were formed by laminates glued
together with a minimum local glue spots. SEG-layers
were used to simulate non-edge-glued layers, the
minimum local glue area was needed to enable the
structure to be tested as a layer. The grouping of the
laminates by elastic modulus, shear modulus, aspect
ratio and growth ring pattern led to “homogenized”
layers with similar laminate characteristics.
The timber single-layer plate specimens were tested to
determinate their modulus of elasticity parallel to the
grain (E11) and perpendicular to the grain (E22). The FEG
layers had a length of 1220mm, a width of 588mm and a
thickness of 15.4mm. The SEG layers had a length of
1460mm, a width of 588mm and a thickness of 15.8mm.
The mentioned properties were evaluated in modal test
methods by Sobue and Katoh [3] and Larsson [4]. In the
first modal test method ([3]) the specimens were tested
with one side simply supported and the other 3-sides
free. Two dynamic moduli of elasticity (E11,dyn, E22,dyn)
and the dynamic in-plane shear modulus (G12,dyn) were
evaluated using simple equations based on the measured
natural frequencies. In the second modal test method
([4]), all four edges of the specimens were free. The
dynamic properties were determined from the measured
natural frequencies and the use of a finite element (FE)
model.
Static 3-point bending tests in accordance with ASTM
D198 [5] were performed in order to evaluate the E 11
values of FEG and SEG plates. The E11 values for both
layer types were evaluated at a span of 1100mm and a
displacement rate of 8mm/min. Further 3-point bending
tests were performed to confirm the E22 values of the
FEG layers. Bending tests for the evaluation of the E 22
values of the SEG layers were not conducted since the
local spot gluing of the SEG layers did not provide
enough stability to perform bending tests perpendicular

to the grain. The E22 values for the FEG layers were
evaluated at a span of 500mm and a displacement rate of
0.75mm/min. Due to geometrical limits of the test
machine, the single-layers had to be cut in half to
perform the bending tests for the E22 value evaluation. In
all bending tests the specimens were supported over the
full width by simple supports that allowed free rotation.
The load was distributed at the centre of the span over
the full width of the specimen by a squared hollow
aluminium section. The deflection was measured by two
linear variable differential transformers (LVDTs),
located at the centre of the span and 100mm in from the
either side edges. The two measurements from the
LVDTs were averaged for the calculation of the E
values. The E11 and the E22 values were calculated based
on Equation (1), as provided by [5].
𝐸=

𝑃𝑙 3
4𝑏ℎ3 ∆

(1)

where 𝐸 is the modulus of elasticity in N/mm2, 𝑃 ⁄∆ is
the slope from the linear load-deformation behaviour in
N/mm, 𝑙 is the span of the bending test in mm, 𝑏 is the
width of the specimen in mm, and ℎ is the thickness of
the specimen in mm.
Furthermore static twisting tests in accordance with
ASTM D3044 [6] were performed on selected FEG
layers to evaluate the in-plane shear modulus (G12). A
total of 18 panels (initially from 9 full-size panels) with
different aspect ratio and growth ring orientation
combinations were tested. In the test setup the square
panels were supported on two diagonally opposite
corners by ball bearings and loaded on the other two
diagonally opposite corners, as shown in Figure 1. The
span of the supports was 800mm and the distance
between the loading points was 800mm. The tests were
performed at a displacement rate of 3mm/min.
According to [6] the deflection of the quarter points of
the diagonals between support or load points shall be
measured with respect to the centre point. Therefore the
deflections at the centre of the panel and at the quarter
points of the diagonal between support or load points
were measured by two LVDTs. After a test, the LVDT at
a quarter point was moved to another quarter point and
the test was repeated until the deflection of all four
quarter points have been measured. The relative
deflection of the quarter points with respect to the centre
of the panel was determined. The absolute relative
deflections of the quarter points were averaged and used
for the determination of the G12 values. The in-plane
shear modulus was determined by Equation (2), as
provided by [6].
𝐺12 =

3𝑢2 𝑃
2ℎ3 ∆

(2)

where 𝐺12 is the in-plane shear modulus in N/mm2, 𝑢 is
the distance from the centre of the panel to the point
where the deflections are measured in mm, 𝑃 is the load
applied to each corner in N, ℎ is the thickness of the
specimen in mm, and ∆ is the deflection relative to the
centre in mm.
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Figure 1: Twisting test setup for G12 value evaluation

The results from the modal test method were compared
with each other and with the results from the static tests.
The analysis of the test data led to the development of
relationships between laminate characteristics and elastic
properties of the single layers.
2.4 EVALUATION OF CLT PROPERTIES
After the single-layer tests, the layers were face-glued to
form squared 3- and 5-layer CLT panels. For the facegluing process the same one-component structural
polyurethane adhesive was used. All layers within a CLT
panel had the same aspect ratio, growth ring orientation
and edge-gluing type. In order to avoid such accidental
edge-gluing in the SEG layers the gaps between adjacent
laminates were taped off with an acrylic adhesive coated
polypropylene tape, commonly used in joint sealing of
house wrapping material. Recall that the single layers
were initially made with its length slightly more than
two times of its width. Each single-layer panel was then
cut into two square single panels. To ensure that the CLT
panels had a truly symmetrical layup, layers at the same
distance from the middle layer within a CLT panel were
obtained from the same initial rectangular layer. A glue
spread rate of 250g/m2 per glue plane and a pressure of
1N/mm2 were applied. The pressure was maintained for
the first 3 hours of the curing process. After the pressure
release the CLT panels were stored in the conditioning
chamber for at least another 12 hours before further
processing.
After the face-gluing process, the CLT panels were resized, the 3-layer CLT panels had a length and width of
570mm, the 5-layer CLT panels had a length and width
of 560mm. The properties of the CLT panels were
evaluated in a similar way as the single-layer panels
using the modal test method by [4], and static 3-point
bending tests based on [5]. The panels include one panel
of each combination of aspect ratio, growth ring
orientation and edge-gluing situation.
Static 3-point bending tests in accordance with [5] were
performed in order to evaluate the E11 and the E22 values
of the CLT panels. The test span for both, 3- and 5-layer
CLT was 500mm. The 3-layer CLT panels were tested at
a displacement rate of 0.5mm/min, the 5-layer CLT
panels at 0.2mm/min. In both test setups the specimens
were supported over the full width by supports that
allowed free rotation. The load was distributed at the
centre of the span over the full width of the specimens

by a squared hollow aluminium section. The deflection
was measured by two LVDTs, located at the centre of
the span and 100mm in from the either side edges. The
two measurements from the LVDTs were averaged for
the calculation of the E values. The E values were
calculated by Equation (1).
Further, static twisting tests were undertaken to evaluate
the in-plane shear modulus in accordance with [6] as
described before. The span of the supports was 750mm
and the distance between the loading points was 750mm.
The 3-layer CLT tests were performed at a displacement
rate of 2mm/min, the 5-layer CLT panel tests at a rate of
1mm/min. The in-plane shear modulus was calculated
based on Equation (2).
In addition to the tests mentioned above, selected 3- and
5-layer CLT panels were tested in planar shear tests
according to ASTM D2718 [7] to evaluate the global
shear moduli in the major and minor directions (G 13,
G23), as well as the global shear strength in the two
directions (fv,0, fv,90). For the static planar shear test two
samples were cut from the CLT panels. One sample was
cut in direction parallel to the grain of the outer layer and
one perpendicular to the grain of the outer layer. The
samples had a length of 400mm and a width of 152mm.
Two aluminium plates were glued to the two faces of the
test specimen using a two-component epoxy adhesive.
After the application of the epoxy adhesive the
specimens were cured under a pressure of 0.8N/mm2 in
an environment with a temperature above 20°C for at
least 12 hours. During the test a load was applied to the
aluminium shear plates at a displacement rate of
0.5mm/min. The relative displacement between the
plates was measured using LVDTs. With the
displacement, the global shear moduli (G13, G23) of the
CLT panels were evaluated. The test setup can be seen in
Figure 2. Since [7] is intended for testing relatively thin
panels, like plywood, the results had to be corrected due
to the larger angle of the specimen resulting from the
thick specimen. This was done by multiplying the results
with the cosine of the angle of the specimen. The planar
shear moduli (G13, G23) were calculated by Equation (3).
The planar shear strength values (fv,0, fv,90) were
calculated by Equation (4). Both equations are based on
equations that can be found in [7].
𝐺𝑝𝑙𝑎𝑛𝑎𝑟 =

𝑃ℎ
𝑘
𝑙𝑏∆

(3)

where 𝐺𝑝𝑙𝑎𝑛𝑎𝑟 is the planar shear modulus (G13 or G23) in
N/mm2, 𝑃 ⁄∆ is the slope of the load-deformation
behaviour in N/mm, ℎ is the thickness of the specimen in
mm, 𝑙 is the length of the specimen in mm, 𝑏 is the width
of the specimen in mm, and 𝑘 is the correction factor for
the angle of the specimen as defined in Equation (5).
𝑓𝑣 =

𝑃𝑚𝑎𝑥
𝑘
𝑙𝑏

(4)

where 𝑓𝑣 is the planar shear strength (fv,0 or fv,90) in
N/mm2, 𝑃𝑚𝑎𝑥 is the maximum load in N, 𝑙 is the length
of the specimen in mm, 𝑏 is the width of the specimen in
mm, and 𝑘 is the correction factor for the angle of the
specimen as defined in Equation (5).
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𝑘 = cos (tan−1 (

ℎ ⁄2
))
𝑙𝑝𝑙𝑎𝑡𝑒 − 𝑙 ⁄2

(5)

where 𝑘 is the correction factor for the angle of the
specimen, ℎ is the thickness of the specimen in mm,
𝑙𝑝𝑙𝑎𝑡𝑒 is the length of the aluminium plates including the
knife edge in mm, and 𝑙 is the length of the specimen in
mm.

3.2 EVALUATION OF MATERIAL PROPERTIES
FOR HYBRID CLT
The modulus of elasticity (E) of each lumber piece was
evaluated in accordance with [5]. Furthermore, the
bending strength (fm) and the ultimate tensile strength (ft)
of the lumber were evaluated based on [5]. The E and fm
values were evaluated in third-point bending tests at a
span-to-depth ratio of 17. E was calculated by Equation
(6), fm was calculated by Equation (7), as provided by
[5]. The ultimate tensile strength (ft) was calculated by
Equation (8).
𝐸=

23𝑃𝑙 3
108𝑏ℎ3 ∆

(6)

where 𝐸 is the modulus of elasticity in N/mm2, 𝑃 ⁄∆ is
the slope from the load-deformation behaviour in N/mm,
𝑙 is the span of the bending test in mm, 𝑏 is the width of
the specimen in mm, and ℎ is the thickness of the
specimen in mm.
𝑃𝑚𝑎𝑥 𝑙
𝑏ℎ2

𝑓𝑚 =

(7)

where 𝑓𝑚 is the bending strength in N/mm2, 𝑃𝑚𝑎𝑥 is the
maximum load in N, 𝑙 is the span of the bending test in
mm, 𝑏 is the width of the specimen in mm, and ℎ is the
thickness of the specimen in mm.
𝑓𝑡 =

Figure 2: Planar shear tests for the G13 and G23 evaluation

The results were compared with respect to the laminate
aspect ratio, growth ring orientation and the existence of
edge-gluing.

3 HYBRID CLT TEST SERIES
3.1 MATERIAL ASPECTS
For the evaluation of the shear properties of hybrid CLT
(CLT-H) panels the shear properties of three different
types of material were evaluated. The tested materials
were spruce-pine-fir lumber, and two structural
composite lumber (SCL) materials, laminated strand
lumber (LSL), and oriented strand lumber (OSL).
The lumber used for the hybrid CLT tests was No. 2 and
better SPF lumber. The lumber pieces had a length of
2450mm, a width of 89mm and a thickness of 38mm.
The lumber pieces had a moisture content of around
14%.
For each of the two SCL materials, samples in the major
and minor stiffness directions were cut from full-size
panels. The available LSL panels had two thicknesses of
38mm and 44mm. The OSL panels had a thickness of
38mm. The SCL had moisture content of about 8%. The
LSL and OSL were wrapped using plastic covers and
were stored at room temperature before testing.

𝑃𝑚𝑎𝑥
𝑏ℎ

(8)

where 𝑓𝑡 is the ultimate tensile strength in N/mm2, 𝑃𝑚𝑎𝑥
is the maximum load in N, 𝑏 is the width of the
specimen in mm, and ℎ is the thickness of the specimen
in mm.
The dynamic modulus of elasticity (E11,dyn, E22,dyn) and
the dynamic shear modulus (G13,dyn, G23,dyn) in the major
and minor direction of the SCL panel materials were
evaluated based on free-free beam modal testing
technique as described by [1,2]. Furthermore the moduli
of elasticity (E11, E22) and the bending strength (fm,0,
fm,90) of the LSL and OSL have been evaluated in
accordance with [5] based on third-point bending and 3point static bending test, respectively. The LSL values
for the moduli of elasticity were calculated by Equation
(6), the bending strength values were calculated by
Equation (7). The values of the OSL for the moduli of
elasticity were calculated by Equation (1), the bending
strength values were calculated by Equation (9), as
provided by [5]. The tested LSL specimens had a width
of 88-94mm and a thickness of 37-40mm. The specimen
tested in modal testing had a length of 402-408mm. The
span in the static bending tests was 700mm. The OSL
specimens had a width of 86-92mm and a thickness of
37-39mm. The specimen tested in modal testing had a
length of 800-804mm. The span in the static bending
tests was 700mm.
𝑓𝑚 =

3𝑃𝑚𝑎𝑥 𝑙
2𝑏ℎ2

(9)

where 𝑓𝑚 is the bending strength in N/mm2, 𝑃𝑚𝑎𝑥 is the
maximum load in N, 𝑙 is the span of the bending test in
mm, 𝑏 is the width of specimens in mm, and ℎ is the
thickness of the specimen in mm.
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In addition to the tests mentioned above the SCL
specimens were tested in planar shear tests according to
[7]. With the exception of the LSL specimen in the
major direction, all SCL specimens had a length of
450mm, a width of 150mm and a thickness of 44.5mm.
The LSL specimens in the major direction had a length
of 450mm, a width of 75mm and a thickness of 44.5mm.
Two aluminium plates were glued to the two faces of the
test specimen using a two-component epoxy adhesive.
After the application of the epoxy adhesive the
specimens were cured under a pressure of 0.6N/mm2.
The specimens were cured for at least 24 hours before
they were tested. During the test a load was applied to
the aluminium shear plates at a displacement rate of
0.5mm/min. As before, the relative displacement
between the plates was measured using LVDTs. With
the displacement, the global shear moduli (G13, G23) of
the SCL specimens were evaluated by Equation (4). The
results were corrected by multiplying the results with the
cosine of the angle of the specimen.

The dynamic modulus of elasticity (Edyn) and the
dynamic shear modulus (Gdyn) of each stripe were
evaluated in free-free beam modal testing based on [2].
In order to verify the modal test results the effective
modulus of elasticity (Estatic) in the major direction of the
specimens was evaluated based on third-point bending
tests in accordance with [5]. The tests were undertaken at
a span of 2286mm (span-to-depth = 20) and a loading
rate of 10kN/min. Estatic was calculated as in Equation (6)
as provided by [5]. The third-point bending test setup
can be seen in Figure 3. The effective shear strength
(fv,eff) in the major direction was evaluated by 3-point
bending tests. The tests were performed at a span of
571mm (span-to-depth = 5) and a loading rate of
20kN/min. The effective shear strength (fv,eff) was
calculated by Equation (10) as provided by [5]. The
short-span 3-point bending test setup can be seen in
Figure 4.

3.3 EVALUATION OF THE HYBRID CLT
PROPERTIES

where 𝑓𝑣,𝑒𝑓𝑓 is the effective shear strength in N/mm2,
𝑃𝑚𝑎𝑥 is the maximum load in N, 𝑏 is the width of the
specimen in mm, and ℎ is the thickness of the specimen
in mm.

Seven different 3-layer CLT and CLT-H layups were
produced from the material. The panels had a length of
2440mm and a width of 1220mm. The major strength
axis of the outer layers was orientated in the 2440mm
direction and the major strength axis of the middle layer
was orientated in the 1220mm direction. Since both SCL
materials had a relative low moisture content, the SCL
surface was sprayed with 32g/m2 of water to facilitate
good curing of the adhesive. A one-component moisture
reactive urethane adhesive was applied to one surface of
a glue line at a spread rate of 220g/m2. After the
assembly a pressure of 1.3N/mm2 was applied in an
ambient temperature of 16°C for 2 hours. To ensure full
curing the panels were stored in an indoor environment
for at least 24 hours. Stripes with a width of 197mm and
a thickness of 114mm were cut from the panels. From
the stripes twelve bending and twelve shear samples
were cut for every CLT and CLT-H layup. The bending
samples had a length of 2439mm and were tested in
third-point bending [5], the shear samples had a length of
686mm and were tested in short-span 3-point bending
tests [5]. The different CLT-H layups are given in Table
1.

𝑓𝑣,𝑒𝑓𝑓 =

3𝑃𝑚𝑎𝑥
4𝑏ℎ

(10)

Figure 3: Third-point bending test of CLT-H sample

Table 1: Layups of hybrid CLT specimen

Panel
ID
LLL
OLO
TLT
LOL
LTL
OOO
TTT

Panel
Layup
Lumber-Lumber-Lumber
OSL-Lumber-OSL
LSL-Lumber-LSL
Lumber-OSL-Lumber
Lumber-LSL-Lumber
OSL-OSL-OSL
LSL-LSL-LSL

Fibre
Orientation
//-⊥ -//
//-⊥ -//
//-⊥ -//
//-⊥ -//
//-⊥ -//
//-⊥ -//
//-⊥ -//

Figure 4: Short-span 3-point bending test of CLT-H sample
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4

RESULTS AND DISCUSSION

4.1 RESULTS FROM THE CLT TEST SERIES
The results of all different test methods used for the
determination of the single-layer panel properties were
compared with each other. The results from the modal
and static tests were compared with the average
properties evaluated by the free-free modal beam tests by
[1,2]. Figure 5 shows the evaluated average G value
from beam vibration method presented in [2], and the
G12 values from plate vibration methods presented in [3]
and [4] for the FEG single-layer panels, Figure 6 shows
1200

G [N/mm2]

1000

average G

Sobue & Katoh [3]

the results for the SEG single-layer panels. For the FEG
single-layer results it can be seen that, with a few
exceptions, the results of the different test methods are in
fairly good agreement to each other, particularly the
results based on [2] and [3]. For the SEG single-layer
results the agreement between the different test methods
is less strong. Especially the results based on [3] seem to
be lower compared to the other two methods as the
laminate width decreases. The reason for this could be
that the high amount of un-glued gaps between adjacent
laminates affects the G12 value, but that method [4] is
less affected by the un-glued gaps.

Larsson [4]

800
600
400
200
0
12045°

7645°

3245°

120flat

76flat

32flat

120up

76up

32up

Figure 5: Measured average G and G12 values for FEG layers
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Figure 6: Measured average G and G12 values for SEG layers
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1000
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Figure 7 shows the same results as Figure 5 for selected
FEG single-layer panels. Further Figure 7 shows results
from static twisting tests in accordance with [6]
undertaken with the selected single-layer panels. It can
be seen that the simply supported modal test ([3]) and
the static twisting test ([6]) lead to higher modulus
values compared to Gaverage, whereas the free-free based
modal tests ([4]) lead to lower values. In general the
results from all methods are in fairly good agreement to
each other. Recall that the static twisting tests were
undertaken after the panels were cut into two square
panels while the presented data for Gaverage and the modal
test results (based on [3] and [4]) were derived from full
size panels. Therefore, adjacent data sets in Figure 7
often show the same value for Gaverage and the modal tests
while the results from the static tests differ.

average G

Sobue & Katoh [3]

Larsson [4]

Static [6]

800
600
400
200
0
12045°
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32- 120- 7645° flat flat

32-120flat up
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Figure 7: Measured average G and G12 values for selected
FEG layers

32up
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The effect of the presence of edge-gluing on the in-plane
shear properties can be seen when studying the 3- and 5layer CLT results. Figure 8 shows the results from the
modal tests and the static twisting tests for the 3- and 5layer CLT panels. Also shown in Figure 8 is the
calculated apparent shear modulus based on laminate
and layer results using Equation (11) as derived from [8].
For the FEG layer based CLT panels it can be seen that
calculations based on evaluated layer characteristics
match the results from the static twisting tests. The
modal test results tend to lead to higher shear modulus
values. For SEG based CLT panels the results from the
modal and static tests are often lower than calculated
values using the results from the single-layer tests. It can
be seen that the results for the FEG based CLT panels
are in general higher than the one for the SEG based
CLT panels. The reason can be found in the edge-gluing
situation. The missing edge-gluing of the SEG based
panels seems to lead to lower G12 values. Particularly the
presence of edge-gluing in the outer layers seems to
affect the results. The last two test sets on the right of
Figure 8 illustrate the effect of edge-gluing in the outer
layers. The two sets represent the panels that were made

from both panel types, FEG and SEG. The panel “MixSFS” has a build-up consisting of SEG-FEG-SEG layers,
while the panel “Mix-FSF” has a FEG-SEG-FEG buildup. It can be seen that the panel with edge-gluing in the
outer layers shows higher results in the modal and static
tests, despite being made from material with lower G
values. Furthermore, it can be recognized that the G12
values measured in modal and static tests of the SEG
based CLT panels decreases as the laminate size
decreases. SEG based CLT panels with a laminate width
of 32mm show significantly lower G12 values. These
findings apply to both, 3- and 5-layer CLT panels.

𝐺12 =

∑ (𝐺12,𝑖 ∗

ℎ𝑖3
) + ∑(2𝐺12,𝑖 ∗ ℎ𝑖 ∗ 𝑧𝑖2 )
6
ℎ3
6

(11)

where 𝐺12 is the apparent shear modulus of the panel in
N/mm2, 𝐺12,𝑖 is the shear modulus of the layer 𝑖 in
N/mm2, ℎ𝑖 is the thickness of the layer 𝑖 in mm, 𝑧𝑖 is the
distance of the centre of layer 𝑖 from the centre of the
panel in mm, and ℎ is the thickness of the panel in mm.
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Figure 8: Measured and calculated G12 values for 3- and 5-layer CLT panels

The planar shear behaviour is affected by the presence of
edge-gluing. Figure 9 and Figure 10 show the out-ofplane shear modulus and shear strength in the two plate
directions measured by planar shear tests in accordance
with [7]. Figure 9 shows the results of 3- and 5-layer
CLT specimens loaded in the direction parallel to the
grain of the outer layers. Figure 10 shows the results for
the same CLT setups when loaded in the direction
perpendicular to the grain of the outer layers. It seems
that the shear strength in either direction increases with
edge-gluing. Furthermore, the shear modulus increases
when edge-glued layers are used. For both the shear
strength and the shear modulus, the increase is more

dominant in the direction parallel to the grain of the
outer layers. While there is no obvious tendency
recognisable for the FEG layer based CLT specimen, it
appears that for SEG layer based CLT the shear modulus
and the shear strength seem to decrease as the laminate
width decreases. Again, this is more pronounced in the
direction parallel to the grain of the outer layers. When
comparing the results from the different test samples
with each other it appears that the planar shear modulus
and the shear strength often follow a similar trend,
meaning that a sample with a higher shear modulus often
shows a higher shear strength compared to other
samples.
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Figure 9: Measured and calculated G13 and fv,0 values for 3- and 5-layer CLT panels
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Figure 10: Measured and calculated G23 and fv,90 values for 3- and 5-layer CLT panels

4.2 RESULTS FROM THE CLT-H TEST SERIES
Here the results from the various property tests of the
hybrid CLT test series are presented. The tested lumber
had a mean density of about 449kg/m3 and a mean
moisture content of about 12.5%. Table 2 gives
information about the evaluated material properties of
the lumber used in the hybrid CLT test series.
Table 2: Material properties of the lumber

Index
Count
Mean
SE

Estatic
Edyn
Gdyn
fm
ft
N/mm2 N/mm2 N/mm2 N/mm2 N/mm2
52
10
9
52
52
11014 12984
833
50.39
33.94
294
380
102
2.06
1.95

The tested LSL had a mean density of about 733kg/m3
and a mean moisture content of about 7.9%, the OSL’s
mean density was 715kg/m3 and the mean moisture
content was found to be 8.7%. Table 3 provides
information of some of the evaluated properties of the
SCL materials, such as E and G in the major / minor
direction by static and modal tests. Both SCL materials
failed in brittle tension in both major and minor
directions during the bending tests. In the planar shear
tests both SCL materials generated a longitudinal crack
running through the core. In the major direction the
crack ran between the strands parallel to the outer edges
of the specimens. In the minor direction the crack
occurred in a diagonal fashion between the outer edges
of the specimens.

Table 3: Material properties of the SCL materials

Material
LSL
OSL

Index
Count
Mean
SE
Count
Mean
SE

Estatic
[N/mm2]
//
⊥
10
11
11331 1350
140
22
9
9
10305 1692
596
18

Edyn
[N/mm2]
//
⊥
9
9
12280 1917
254
42
9
9
11932 1834
371
46

Gstatic
[N/mm2]
//
⊥
6
6
490 195
22
9
6
6
524 172
18
8

Gdyn
[N/mm2]
//
⊥
9
6
478 276
17
26
9
6
479 162
12
10

fm
[N/mm2]
//
⊥
11
11
61.84 8.86
1.94
0.44
9
9
67.34 14.57
2.80
0.70

fv
[N/mm2]
//
⊥
6
6
4.33 2.47
0.13 0.07
6
6
3.45 2.08
0.08 0.07
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During the third-point bending tests of the different
hybrid CLT types, three different failure modes were
observed.
 Planar shear failure in the groups with lumber as the
middle layer (LLL, OLO, TLT).
 Tension failure in the bottom layer of lumber in the
groups LOL and LTL, particularly around knots.
 Tension failure in the bottom layer of LSL or OSL
in groups of TTT and OOO, plus delamination along
the glue line or in material in the major direction.
The observed failure modes suggest that a premature
planar shear failure could be avoided by the use of SCL
in the core layer.
With exception of the TTT group all specimen showed
shear failure modes in the short-span bending tests. Two
different failure modes were observed.



Planar shear failure in the groups with lumber as the
middle layer (LLL, OLO, TLT).
 Delamination between two layers.
In the TTT group eleven of the twelve specimens failed
in tension, only one showed a delamination failure mode.
This was attributed to the relatively high planar shear
strength of LSL in the minor direction.
Table 4 shows the mean results from the different modal
and static tests for the different panel types. It can be
seen that the modulus of elasticity values from modal
(Edyn) and static (Estatic) tests show a good correlation.
Further it shows that the use of SCL materials in the
outer layers increases the global modulus of elasticity.
The use of SCL materials in the core layer increases the
global shear modulus significantly as well as the shear
strength.

Table 4: Modal and static properties of the different panel types

Panel Type
Count
Mean
Edyn
SE
Mean
Estatic
SE
Mean
Gdyn
SE
Mean
fv,eff
SE

N/mm2
N/mm2
N/mm2
N/mm2
N/mm2
N/mm2
N/mm2
N/mm2

LLL
12
10087
213
9737
208
258
9
3.44
0.04

OLO
12
12927
116
11379
103
226
7
3.15
0.05

5 CONCLUSIONS
Two separate studies were undertaken to evaluate the
shear properties of CLT and CLT-H panels.
In the CLT test series the effects of different aspect ratio,
growth ring orientation and the presence of edge-gluing
on “homogeneous” single-layer and CLT panels were
evaluated. The results for the in-plane and planar shear
properties are presented.
The in-plane shear modulus of single-layers and 3- and
5- layer CLT panels were evaluated by modal and static
tests. For the in-plane shear modulus of wooden singlelayer panels and 3- and 5-layer CLT it was found that:
 Fully-edge-glued layers and CLT panels showed a
higher in-plane shear modulus compared to semiedge-glued ones.
 The presence of edge-gluing in the outer layers of
CLT seemed to increase the in-plane shear modulus
 The aspect ratio of the laminates had no strong
effect on the in-plane shear modulus of fully-edgeglued layers and CLT panels.
 The aspect ratio of the laminates had strong effect
on the in-plane shear modulus of semi-edge-glued
layers and CLT panels, a decreasing aspect ratio led
to a lower in-plane shear modulus.
 An effect of the growth ring orientation on the inplane shear modulus of single-layer panels and CLT
panels was not recognised.

TLT
12
12566
84
10971
93
226
7
3.59
0.07

LOL
12
10993
236
10794
265
602
26
4.35
0.05

LTL
12
10935
210
10976
196
657
23
4.79
0.09

OOO
12
12620
101
11378
98
304
3
3.40
0.07

TTT
12
12727
102
11822
162
365
5
4.94
0.06

The planar shear modulus and shear strength parallel and
perpendicular to the grain of the outer layers of 3- and 5layer CLT specimens were evaluated in static planar
shear tests. For the planar shear modulus and shear
strength of 3- and 5-layer CLT it was found that:
 Edge-gluing increased the shear modulus and shear
strength in both, major and minor directions of CLT
panels. These effects were more dominant in the
direction parallel to the grain of the outer layers.
 The aspect ratio of the laminates had no obvious
effect on the planar shear modulus and shear
strength of fully-edge-glued CLT panels.
 The aspect ratio of the laminates had strong effect
on the planar shear modulus and shear strength of
non-edge-glued CLT panels, a decreasing aspect
ratio led to a lower planar shear modulus and shear
strength. These effects were more dominant in the
direction parallel to the grain of the outer layers.
 An effect of the growth ring orientation on the
planar shear modulus of CLT panels was not
recognised.
 Planar shear modulus and shear strength often
follow a similar trend when compared to results
from other samples.
In the hybrid CLT test series the effects of different core
layers on 3-layer CLT-H panels were evaluated. The
investigated materials were lumber, LSL and OSL.
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The properties of the lumber and SCL materials were
evaluated in modal and static tests. From the results it
could be seen that LSL and OSL showed fairly similar
properties. With respect to the shear properties LSL
showed higher values in shear strength in bot directions
and the shear modulus in the minor direction.
Seven different 3-layer hybrid CLT layups were
evaluated. The 3-layer hybrid CLT panels were tested in
modal and static tests. The tests show that:
 The use of SCL materials in the outer layers
increased the global modulus of elasticity.
 The use of SCL materials in the core layer increased
the global shear modulus significantly as well as the
shear strength.
From the short-span bending tests the following
observations were made:
 Planar shear failure occurred in the groups with
lumber as the middle layer.
 Eleven out of twelve specimens with an all layers
LSL layup failed in tension. The reason was the
relatively high planar shear strength of LSL in the
minor direction.
 Delamination between two layers in all other CLTH layups. A possible reason for the delamination
could be the length of the strands at the surface of
the SCL material. The strands are shorter and
therefore lead to more delamination. Particularly the
specimen using OSL material seemed to be affected
by delamination which coincides with the assumed
reason as the strands in the OSL panels are roughly
about half the length of the LSL material.
In general it could be concluded that:
 In a traditional CLT layup the implementation of
edge-gluing is beneficial to improve the in-plane
shear modulus, particularly for laminates with a
small aspect ratio and when applied to the outer
layers.
 Edge-glued layers in traditional CLT layups
improve the planar shear modulus and shear strength
in the major and minor direction, particularly for
laminates with a small aspect ratio.
 Planar shear failure in CLT could be avoided by the
use of SCL in layers subjected to planar shear.
 The use of SCL layers in core layers of CLT layups
increased the planar shear modulus and shear
strength.
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Load carrying capacity of cracked beams
Steffen Franke1, Bettina Franke2, Noëlie Magnière3
ABSTRACT: The increasing number of wood structure amongst large and potentially public buildings gave a new
impulse to the assessment of timber structures. For assessing the state of timber elements, cracks are a key indicator.
Therefore, experimental and numerical investigations on not cracked and partly cracked timber members were carried
out and analysed. The results show no influence on the stiffness and modulus of elasticity for partly cracked beams. The
experimental results were used for the development of analytical and validation the numerical solutions for the
assessment of the residual load carrying capacity of cracked timber members. Several models predicting the residual
load carrying capacity depending on the crack situation are presented.
KEYWORDS: Timber structures, Assessment, Numerical investigations, Cracks, Stiffness, Load carrying capacity

1 INTRODUCTION 1

2 CLASSIFICATION OF CRACKED BEAMS

The growing number of timber structures especially high
performing and large span timber members gave a new
impulse to the field of assessment of timber structures.
When assessing a timber structure, one of the first and
most obvious sign of damage is the presence of cracks in
the elements. One type of cracks develops by implication
because of climate variation and another type of cracks
develops because of over stressed situations. These
cracks propagate in the grain direction as a consequence
of the low resistance in tension perpendicular to the
grain. They are significant as they represent 75% of the
types of failure in timber elements [1-2].

For the assessment of cracks, the crack kind, the
measured sizes as well as the number has to be judged
individually for each case. Particular the type of
structure, the structural system as well as the function of
the member within the complete structure have to be
considered, e.g. main or second girder. Further, the
current as well as the future condition of use e.g. the
climate conditions are essential for the assessment. For
the limit state design, existing cracks reduce the effective
cross section of the member mainly for tension and shear
stress but also may influence the capacity under bending,
compression and torsion stress or of notches and holes.

Although easy to detect in dry conditions, no reliable
method has yet been designed to estimate the impact of
cracks on timber elements. Current international
standards mostly provide “rules of thumb” or guidelines
developed over the years through practical experience
(see for instance [3-4]). Considering their origins, these
rules are not consistent from one country to the other.
Therefore, the need for assessment methods of cracked
beam resistance has become prominent. Hence, a twostep study was conducted to evaluate the impact of
cracks on timber elements. First experimental test series
and a numerical model based on information from
structure assessments was setup and secondly analytical
solutions were derived for practical use.

1

Steffen Franke, Bern University of Applied Sciences, Institute
for Timber Construction, Structures and Architecture,
Solothurnstrasse 102, 2504 Biel, Switzerland. Email:
steffen.franke@bfh.ch
2
Bettina Franke, Bern University of Applied Sciences
3
Noëlie Magnière, Bern University of Applied Sciences

The weakest point in a timber structure is often the low
tensile strength perpendicular to grain which leads to
cracks in the cross-section and along the span of the
member. For the assessment of such cracks, the standard
SIA 269/5 gives some guidelines how to consider
existing cracks in the evaluation of timber structures.
Furthermore, the international standard DIN 4074-1 for
strength grading of solid softwood provides some
specifications on maximum crack depths as well. In this
standard, the maximum crack length is restricted to 1 m.
In research papers by Frech (1986) and Radovic &
Wiegand (2005), further specifications are given for the
consideration of cracks.
However, there is no consistency in the restrictions in the
crack ratio. The published criteria in the standards and
the research reports vary in a wide range from R = 0.125
to 0.5 and neither the actual stress situation nor the stress
combination or the position of the crack along the span
which is an important criterion, nor the crack length are
always considered.
For the analyses of the influence of a cracks, six main
different cases of occurred cracks were defined and
evaluated. The six main cases, as shown in Table 1, are
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1)
2)
3)
4)
5)
6)

full section (as reference),
horizontal split,
through crack,
non through crack,
opposite cracks, and
numerous cracks.

For these different cases, analytic or numerical solutions
as well as experimental test series are available. The
analytical solution concentrates on the cases 1 to 4. The
results will be compared with the numerical model and the
experimental test series.

3 EXPERIMENTAL TEST SERIES
3.1 MATERIAL
For the analysis of the problem, spruce glulam beams
with a cross section of 150/600 mm and a length of
2445 mm were used. The member was produced with
lamellas with a thickness of 40 mm. For each lamella,
the density and modulus of elasticity were determined
Table 1: Definition of different crack cases

h

Failure case Cross section Side View
1: No Crack; Full Section (Reference Case)

b

L

αh (1-α)h

2: Horizintal Split
crack

b

L

αh (1-α )h

3: Through Crack

b

xc

lc

before assembling the glulam member. According to the
results, the lamellas were graded and arranged due to
their strength and stiffness-ability in T11, T18 and T26
according to EN 14080:2013. The inner part of the cross
section of the beam consists of lamellas of class T11 or
T18 to provide a homogeneous distribution of Emodulus. The outer three layers always consists of
higher strength class lamellas of T18 or T26 according to
EN 14080:2013, shown in Figure 1. Therefore, test
series 1 and 2 are different in the layered cross section
respectively the stiffness of the beam. The moisture
content of the test specimen was around 13.7 M% and the
mean density 476 kg/m3. The characteristics of each lamella
of the glulam members are summarized in [5] and [6].
3.2 TEST PROGRAM AND SETUP
The tests were performed as a 3-point bending test, as
shown in Figure 2. In order to investigate the effect of
cracks within the beam structure, samples with and
without cracks and different crack depths are tested. The
crack length was over the total span of the member in the
middle of the cross section. The deepness varies between
30%, 50% and 60% of the beam width.
In total, 35 tests with 10 beams were performed,
compare Table 2. Each beam of test series 1 was tested
without cracks up to 50% of the estimated load capacity.
Artificial cracks of 30% and 50% depth were then
created and tested in each case again up to 50% of the
estimated load capacity. Finally, the crack depth was
increased to 60% and tested until failure. The four
different test configurations are shown in Figure 1.
Therefore, a direct comparison could be made for the
different cracked situations. Test series 2 was done in
similar manner but with 30% crack depth only.
To prevent failure under compression perpendicular to
grain, reinforcement at the loading and support points
were prepared. Glued-in steel rods using the
GSA®technology was used. The steel rods were shorter
than ½ of beam depth and, therefore, do not influence
the behaviour of the beam under shear stress.

L

T18

αh (1- α)h

4: Non through crack

dc
b

I

T11
45 mm

xc

lc

Type 0
back side

Type 1a

h

lamella
T18

I

open crack
45 mm

6: Numerous cracks

possible
crack plane

h

T26

Type 0

b

Type 1b

T26

front side

L

L

90 mm

T18

L

5: Two opposite cracks

b

75 mm

Type 1a

Figure 1: Arrangement of the lamellas

Type 1c
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The displacement at midspan and bearing and the load
applied are measured continuously during the test for the
determination of the modulus of elasticity, modulus of
rigidity, stiffness. For the displacement measuring for
the determination of modulus rigidity an optical
measuring device was used.

4 RESULTS
4.1 EXPERIMENTAL TEST SERIES
The failure behaviour of test series 1, type 1c and test
series 2, type 1a was similar showing a typical shear
failure close to the support, as shown in Figure 4.

5. In theory, depending on the crack depth, the quotient
of the tested load-carrying capacity and the load-carrying
capacity of an uncracked member are in linear relation.
Regarding the stiffness of the glulam beam, the modulus
of elasticity and the shear modulus are not influenced by
the cracks investigated. The determined values do not
show a change with the appearance of cracks or
changing crack depth, as summarized in Table 3. The
quotient of cracked to uncracked tested stiffness is
approximately 100%, see Figure 7. Only samples with
crack depths of 60% show a lower quotient, means, the
actual stiffness is smaller than the stiffness of the
uncracked beam.

The load displacement curves observed were evaluated
according to Figure 6
- in terms of load carrying capacity by the crack
propagation/initiation load Fcrit and
- the corresponding displacement ucrit
- in terms of stiffness by the slope K in the elastic
range (10 - 40% of Fcrit).
The appearance of cracks and their dimension influence
the load-carrying capacity. By enlarging the crack depth,
the load-carrying capacity decreases, as shown in Figure

600

Loading/Support plates 300 mm

Figure 4: Cracked beam after testing, Type 1a, Series 2
500

150
1125

450

[mm]

Figure 2: Experimental test setup for test series 1 and 2

ail re oa Fcrit

1125

400
350
300
Serie 2: Type 1a Crack depth 30%

250
200

Serie 1: Type 1c Crack depth 60%
10

20

30
ra

40

50

60

70

ept dc b

Figure 5: Failure loads for experimental test series 1 and 2,
box plot with mean value and range of Minimum and Maximum
500

Figure 3: Test setup of timber member uncracked

400
Fcrit

Table 2: Experimental test setup for test series 1 and 2

Test series 2 Test series 1

Failure case
No cracks
30% deep crack
50% deep crack
60% deep crack

Type 0
Type 1a
Type 1b
Type 1c

No cracks
30% deep crack

Type 0
Type 1a

5
5
5
5

linear to 50%
linear to 50%
linear to 50%
linear to failure

5
5

linear to 50%
linear to failure

300
oa F

No. of
Loading
specimen procedure

200
Fcrit

100

K

Fcrit

0

0

2

4
6
ispla e ent u

8

ucrit 10

12

14

Figure 6: Example of evaluation of a load-displacement curve
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Table 3: Experimental test results for test series 1 and 2
Modulus of Modulus of
Elasticity Rigidity G
E [MPa]
[MPa]

Test series 2

Test series 1

Failure case

Stiffness
K [N/mm]

No cracks

9431

726

49163

30% deep crack

10160

683

51345

50% deep crack

10368

629

49843

60% deep crack

9188

698

44598

No cracks

9746

695

49674

30% deep crack

9899

692

50091

120%
100%

K/Kref

80%
60%

Serie 1

20%
0%

Serie 2

Crack depth 0%
Crack depth 30%
Crack depth 50%
Crack depth 60%
Crack depth 60% num. Sim.

40%

0

5

Crack depth 0%
Crack depth 30%
Crack depth 30% num. Sim.

10
15
20
er of e peri ental tests

25

30

perpendicular to the grain is characterised by an
intercellular and/or cellular fracture, whereas the cells
under shear perpendicular to the grain mostly peel off.
Therefor the contact elements were placed on the
surfaces of the crack plane. The crack system reflects an
RL-crack system; crack opening in radial direction and
crack propagation in longitudinal direction. These
contact elements follow a bilinear Cohesive Zone
Material (C.Z.M.) law. The cohesive zone material used,
considers the single fracture mode I (cracking under
tension stress transverse to the crack plane) and fracture
mode II (cracking under shear stress in crack plane) as
well as the important mixed mode using a quadratic
fracture criteria. Further information according the
definition of the numerical model and the validation are
provided in [6], [7], [8].
The numerical model was applied to the experimental
test series using the material settings of Table 4. Figure 9
shows the comparison of the load displacement curves
with the experimental test series. In both cases, a clear
load drop due to a shear failure close at the support is
visible. The load capacity for series 1 shows a lower
level which could be caused by the material settings
chosen for the crack opening and less stiffness of the
numerical model compared to the experimental test
series, as shown in Figure 7 and Figure 9.

Figure 7: Stiffness for different cracked/uncracked beams of
experimental test series and numerical simulation

140

In order to simulate the presence of an initial crack and
its further crack propagation, contact elements have been
used. The brittle failure behaviour of wood under tension
stress depends on the angle between the stress and cell
respectively fibre orientation. Based on a micro scale
level, the fracture under tension stress parallel or

Lc

Crack plane
dc

xc

yc

The numerical model developed for this study simulates
a three point bending test of straight glued laminated
timber beams presenting initially one open crack, as
shown in Figure 8. The numerical model was developed
using the finite element software ANSYS®. The timber
member is defined using 8-node elements (SOLID 182)
with a wooden orthotropic linear elastic material. The
element sizes are based on the growth ring width and
describe a 2-dimensional macro scale model. The three
principal material directions of wood (R, T and L) have
been approximated to the main axes of the model (X, Y
and Z) and orientates on the mostly horizontally oriented
growth rings of the lamellas of the glulam beam. A
uniform cross section is used to model the layered cross
section of the glulam material because, as for sawn
timber, the failure as crack growth occurs between the
fibres and not in the glue layers. For the loading and
bearing areas, steel plates were modelled and connected
by using a friction law.

600

4.2 NUMERICAL SIMULATION AND
VALIDATION

[mm]

00
1 2'0

Figure 8: Definition of glued laminated timber beam and
crack parameters in numerical test series
Table 4: Material parameter used in numerical simulation
Wood - Glulam
Modulus of elasticity EL ¦ ER ¦ ET
Modulus of rigidity GLR ¦ GLT ¦ GRT
Poisson ratio vLR ¦ vLT ¦ vRT

Specific* ¦ 820 ¦ 420 MPa
620 ¦ 740 ¦ 42 MPa
0.055 ¦ 0.311 ¦ 0.035

Cohesive zone material
Tension strength ft,90
Shear strength fv
Fracture energy GcI ¦ GcII

4.0 MPa
8.0 MPa
0.4 ¦ 1.4 Nmm/mm2

Steel
Modulus of elasticity E
Poisson ratio v

210’000 MPa
0.2

Friction
Friction coefficient

0.6

* specific values according lamella arrangement
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4.3 NUMERICAL RESULTS OF VIRTUAL
EXTENDED TEST SERIES
For the investigation of the influence of one main crack,
a parameter study with more than 400 numerical
simulations were carried out and analyzed. Therefore,
the glued laminated timber beam used was of constant
dimensions (width w =140 mm, depth h = 600 mm, and
span L = 12 m), compare Figure 8. The dimensions were
taken as a balance from analyses of existing timber
structures regarding dimension, shape and loading
situation, [6]. The material settings were defined
according to a moisture content of 12 M% and the
corresponding values observed by Neuhaus (1981). The
moisture content of 12 M% is the equilibrium moisture
content according to the normal climate 20 °C
temperature and 65% relative humidity. For the fracture
mechanic parameters, approved values by FPL (1999),
Larsen & Gustafsson (1990), and Franke (2008) were
used. Table 5 summarizes the average material
parameters.
The characteristic of a considered initially open crack is
entirely defined using four parameters (xc, yc, Lc and dc)
as illustrated in Figure 8. These parameters can
identically be expressed using four ratios:
-

the crack origin ratio (xc / L),
the crack height ratio (yc / h),
the crack length ratio (lc / L) and
the crack depth ratio (dc / w).

These parameters enable to simulate the performances of
the beam for various crack locations and dimensions.
The complete programme of the numerical test series
and their parameters considered are summarized in Table
6. The numerical tests are carried out as a displacement
controlled three-point bending test. The beam is
considered to be failed and the simulation is stopped
shortly after when either the initially open crack
propagates or a new crack is initiated.
The results of the experimental and numerical
simulations were analyzed in order to answer the
question: Which parameters of one main crack influence
the stiffness and residual load-carrying capacity? The
results reveal that the distinction between through cracks
(cracks over the complete width of the cross-section) and
not through cracks (cracks partially over the width of the
cross-section) should be made. Indeed, in terms of
stiffness and load-carrying capacity, these two cases
have a different behavior. First, the simulations reveal
that not through cracks could be neglected regarding the
global stiffness of the beam. Moreover, a calculation
model was proposed to estimate the reduction of
stiffness for a beam presenting a partial-length or fulllength through crack, [6]. This simple calculation model
shows a good correlation with the results obtained from
the numerical simulations, [6].
Table 5: Material parameter used in virtual numerical test series
Wood - Glulam

eries

500

Type

oa F

400

11990 ¦ 820 ¦ 420 MPa

Modulus of Rigidity GLR ¦ GLT ¦ GRT

620 ¦ 740 ¦ 42 MPa

Poisson ratio vLR ¦ vLT ¦ vRT

0.055 ¦ 0.311 ¦ 0.035

Cohesive zone material

300
200
100
0

Modulus of Elasticity EL ¦ ER ¦ ET

2

eries

500

4

6
8
10
ispla e ent u

12

14

2.0 MPa

Shear strength fv

4.0 MPa

Fracture energy GcI ¦ GcII

0.225 ¦ 0.650 Nmm/mm2

Steel

Experimental test series
Numerical Simulation
0

Tension strength ft,90

16

Modulus of Elasticity E

210’000 MPa

Poisson ratio v

0.2

Friction
Friction coefficient

Type a

0.6

Table 6: Crack parameter used in numerical test series

oa F

400

Crack origin
xc
xc
[mm] xc/ L
0
0.00

300
200
Experimental test series

100

Numerical test series
0

0

2

4

6
8
10
ispla e ent u

12

14

16

Figure 9: Load displacement curve of experimental test series
and numerical simulation

Crack height
yc
yc
[mm] yc/ h
30
0.05

Crack length
lc
lc
[mm] lc/ L
0
0.00

Crack depth
dc
dc
[mm] dc/ d
30
0.05

1800

0.15

150

0.25

1800

0.15

150

0.25

3600

0.30

300

0.50

3600

0.30

300

0.50

6000

0.50

450

0.75

6000

0.50

450

0.75

m*

m*

570

1.00

m*

m*

570

1.00

m* corresponds to a crack centred at mid span
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Figure 11: Ratio of load capacity for the complete numerical
test programme
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Figure 10: Ratio of the stiffness for the complete numerical test
programme
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Figure 12: Dependency of the residual load carrying capacity and the position of the crack over the depth of the member for a crack
length of 600 mm (left) and 6000 mm (right)
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The application of the empirically derived equation on
the numerical test program of through cracks shows a
relatively good correlation between numerical simulation
and model proposed, as shown in Figure 13.

T ro

ra

s

ara oli

o el for loa

apa ity

R2 = 0.88

250%

lation Fcrit Fref

In the case of through cracks, the residual load carrying
capacity correlates with the crack position over the
height of the member if the crack length keeps constant,
as shown in Figure 12. The critical load ratio follows a
parabolic trend, whereas the three coefficients of this
parabolic trend depend on the crack length. The
coefficient dependency on the crack length can be
expressed with a power function of the crack length lc.
Therefore, the ratio of the residual load carrying capacity
Fcrit to the load capacity of a not-initially-cracked timber
beam Fref can be expressed as followed:

300%

i

However, regarding the load carrying capacity, no clear
dependency is distinguishable between through and not
through cracks. Several trends have been highlighted to
correlate the residual load-carrying capacity of a cracked
beam with the crack characteristics [6].

200%
150%
100%
50%
0%

0%

50%

100%
o el Fcrit Fref

150%

200%

Figure 13: Comparison of model proposed and numerical
results observed for the residual load carrying capacity of
through cracks

In the case of not through cracks, no real trend could be
identified; here further research would be needed to
effectively correlate the crack characteristics to the beam
residual load-carrying capacity. Indeed, only a trend
appears: the lower the crack in the cross-section, 1the
2
deeper it can be without influencing the beam strength.
Thus, depending on the height ratio of the crack 3yc/h
(counting from the beam lower face) the allowable depth
ratio of the crack varies. However, no model combining
the four parameters shows a real correlation with the
simulation results so far.
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4.4 ASSESSMENT METHODS
For the assessment of cracks, the crack kind, the
measured sizes as well as the number has to be judged
individually for each case. Particular, the type of
structure, the structural system and the function of the
member within the complete structure have to be
considered, e.g. main or second girder. Further the
current and the future condition of use e.g. the climate
conditions are essential for the assessment. For the limit
state design, existing cracks reduce the effective crosssection of the member and, therefore, the load carrying
capacity mainly under shear stress, tension stress
perpendicular to grain and bending but maybe also for
compression stress and torsional stress.
The weakest point in a timber structure is often the low
tensile strength perpendicular to grain which leads to
cracks in the cross-section and along the span of the
member. For the assessment of such cracks, the standard
SIA 269/5 [9] gives some guidelines how to consider
existing cracks in the evaluation of timber structures.
Furthermore, the international standard DIN 4074-1 [10]
for strength grading of solid softwood provides some
specifications on maximum crack depths as well.
The research work of Frech [11] summarizes the reason
for cracks and characterizes cracks in solid wood and
glued laminated timber (glulam) regarding bending or
shear stress. For glulam, a crack depth of 1/6 of the beam
width per side, thus, in total 1/3 of the beam width is
tolerable. However in case of combined tension stress
perpendicular to grain and shear stress, the limit can be
exceeded already. Radovic & Wiegand [12] indicate for
glulam the same limit under bending and shear stress.
Whereas, they give an experienced limit of 1/8 of the
beam width for transverse tension stressed areas.
However, there is no consistency in the restrictions in the
crack ratio. The published criteria in the standards and

the research reports vary in a wide range from R = 0.125
to 0.5 and neither the actual stress situation is always
considered nor the stress combinations or the position of
the crack along the span which is an important criterion,
nor the crack length. It can be summarized that the
current practice in the assessment of existing timber
structures including the influence of different crack
situations on the load-carrying capacity may not be
considered suitable whether to facilitate confident
decisions about the reliability of the structure nor to
evaluate the residual load-carrying capacity of structural
elements, [13], [14].
Since the theoretical capacity of a beam based on the
cracked part (e. g. with small cracks near the support or
edges) can be higher than the capacity within uncracked
parts, the residual load-carrying capacity of the beam is
the minimum of:
,

,
,

,

min

,

,
,

(2)

,

Hereafter, first analytical solutions for the assessment of
the residual load-carrying capacity are provided for the
four main cases. The analytical solutions are simplified
to a point loaded beam at midspan.
Table 20 and 21 summarize the models evaluated for the
estimation of the residual stiffness and load-carrying
capacity. The residual load-carrying capacity has to be
calculated with the original strength for the uncracked
part and the reduced strength provided for the cracked
part. The minimum of the capacities governs the
validation.
For the further two cases (5 and 6 of Table 1) no clear
characteristics could be found. Therefore, further
research with numerical and experimental tests need to
be done.

Table 7: Summary of the results obtained by means of the models

Case
1 Full section
(Reference case)

Capacities respectively strength factors for calculation of
residual load-carrying capacity within the cracked part

Stiffness K

:

4
:

2 Horizontal split

1
:

1

:

:

,

1

,

1

,

1

,

1

,

:

4 Not through crack No influence K = Kref

3

,

:

3 Through crack

,

3

4

,

:

2

,

,

,

1
,

1

4 0.5
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5 CONCLUSION AND VIEW
The results reached show that the assessment of the
residual load-carrying capacity of large span members in
wood is a vast field. Starting from the differentiation of
the failure cases, here especially for cracks, the causes
(load stresses, moisture induced stresses), the geometry,
position and number of cracks have already to be
characterized. The definition of typical crack causes
confirms that no general rules can be valid and effective
for the assessment of the residual-load-carrying capacity.
On the one hand, the numerical modelling of timber
members with existing cracks can provide an estimation
of the residual load-carrying capacity. The numerical
model developed is, therefore, a comprehensive
instrument. Not only one main crack can be defined but
also multiple crack situations can be analysed. The
accuracy of the result depends on the material parameters
known for the definition in the numerical model.
On the other hand, first analytical solutions for the
assessment of the residual load-carrying capacity are
provided. In order to increase the significance of the
results, the number of experimental test series should be
increased. Further, an association of the analytical,
experimental and numerical results reached has to be
carried out.
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CURVED CROSS LAMINATED TIMBER ELEMENTS
G or St h r, Roland Mad r n r2, Phili
Kral r

in rl 3, Mi ha l Fla h4, Anton

ABSTRACT In timber construction, curved timber components have been used repeatedly. Yet the use of curved CLT
elements is a relatively recent phenomenon. To obtain a uropean echnical ppro al
for so-called radius timber
(single curved CLT elements), Holzbau Unterrainer GmbH commissioned the accredited testing institution TVFA –
Innsbruck to carry out the tests required for this purpose. To this end, overall
tests were performed in building
component dimensions from December
to May
, and se eral laboratory tests were carried out to monitor
adhesive joint quality. Due to the single curved shape of radius timber elements, it is key to particularly focus on possible
implications on load bearing capacity due to pre-stress of the slats and to the tensile stress perpendicular to grain resulting
from deflection forces. To comply with the criteria laid down in the semi-probabilistic safety concept used in Eurocode
5
- - , the impact caused by these pre-curvatures on strength, rigidity and gross density must be known.
KEYWORDS: CLT, curved, rolling shear, tensile stress perpendicular to the grain, relaxation

1 INTRODUCTION 123
Basically, one can distinguish between lightweight and
solid timber design in timber construction. Solid timber
construction can certainly not be deemed a novel
construction method – it is rather among the oldest in the
world. Accordingly, solid timber construction includes
Nordic stave construction and block construction in the
Alpine area. Solid timber construction determined the
building culture in the densely wooded regions of Europe.
Later, solid timber construction was more and more
replaced by the construction materials of stone, steel and
reinforced concrete [1]. Due to the Hetzer patent and the
development of mudbrick building in the early days of the
last century, timber increasingly gained in importance as
a building material, while timber construction at the time
was characterized by stave-shaped constructions. First
attempts to use planar solid timber elements as supporting
ceiling systems were later on carried out as the rettstapel
ceiling was developed. Due to the high degree of swelling
and shrinkage, however, problems were frequently
encountered. In the 1980s and 1990s, solid timber
construction saw a renewed breakthrough and has enjoyed
some sort of revival over the last 30 years. This was,
without any doubt, mainly due to cross-laminated timber
(CLT for short), a newly developed construction material
[1]. Cross-laminated timber is not only preferred in
today’s timber engineering on account of its high
dimensional stability, but also offers a variety of
advantages when compared to other solid timber
1

Georg Stecher, University of Innsbruck, Austria,
georg.stecher@uibk.ac.at
2 Roland Maderebner, University of Innsbruck, Austria,
roland.maderebner@uibk.ac.at

construction methods. As cross-laminated timber
constitutes a planar construction product, load transfer can
be performed biaxially as opposed to other solid timber
construction methods. Similarly, the multi-ply and crosswise design and the lower number of butt joints in crosslaminated timber ensure higher air tightness than, for
example, rettstapel timber construction. Yet these
advantages only apply for glued cross-laminated timber.
The use of curved timber construction components has
long been characterized by curved and stave-shaped
components such as e.g. curved cross-laminated timber
beams. The use of curved cross-laminated timber
elements enables highly slender roof constructions.
Accordingly, the Holzbau Unterrainer company, for
example, built a new production hall in the summer of
, using curved CLT panels for roof construction. In
spite of the relatively high snow loads of sk
k m
[2], these elements exhibit a thickness of merely
mm
at a span width of
m. Due to the special properties
exhibited by cross-laminated timber, it is key to
particularly consider the following effects for the curved
options: inherent stress exhibited by the slats as a result of
pre-curvatures and possible relaxations, interaction of
rolling shear and tensile load perpendicular to grain due
to curvature as well as the quality of adhesive joints. To
investigate these effects more in-depth, and to obtain a
European Technical Approval, tests have been performed
at overall 158 specimens in building component
dimensions at the University of Innsbruck’s Accredited
Technical Testing and Research Institution (TVFA
3
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Innsbruck for short). The focus in this paper is, however,
on the results achieved for the curved cross-laminated
timber elements.

Ty
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Panel Bending
Panel shear
Panel shear
In-plane Bending
In-plane Bending
In-plane Shear
In-plane Shear
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2
3
4
Figure 1: Right pro uction hall o nterrainer ol au
company, le t cur e cross-laminate tim er elements

5
6

2 MATERIAL
A basic differentiation is made for overall
representative specimens in building component
dimensions between panel load and in-plane load, and
here, again, between bending load and shear load.
Moreover, -and- -ply cross-laminated timber elements
are examined for the respective load types. The elements
used for the experimental examination of in-plane load do
not exhibit slat curvature. The curvature radius of the
panel elements is selected according to slat thickness on
the basis of Equation (1) according to prEN 16351:2011
[3]:

tl ,i 

r
 (1 
250

m, j , c ,k

80

)

7
8

Slat
thi n s
s

Radiu
s

5

mm
19

m
4.5

18

9

19

4.5

18

5

32

6.5

32

9

19

4.5

18

5

19

∞

18

9

19

∞

18

5

32

∞

18

9

19

∞

(1)

Here, the following parameters are specified:
tl,i
Final slat thickness
r
Radius of curvature
Declared characteristic value of finger
m,j, k,k
jointing bending strength
Prior to the tests, all specimens are conditioned for several
weeks in a standard reference atmosphere at
of
relative air humidity and
C. The sample set regarding
the building component tests can be read up on in Table
1. The samples are respectively produced with the
maximum possible radius. In this process, -ply and -ply
elements with a slat thickness of
mm and a bending
radius of ,
mm are produced for the bending tests. For
the shear tests, the 5-ply elements are produced with a slat
thickness of mm and a bending radius of ,
mm, and
the -ply elements are, as with the bending tests, produced
from slats with a thickness of mm and a bending radius
of ,
mm. Overall, 72 curved test elements are
examined as panels, and 72 straight test elements are
examined for their in-plane load bearing capacity. There
will not be any in-depth treatment of the in-plane tests in
the following, as these constitute standard tests. Tests of
elementary slats are, as a rule, renounced, as the
Unterrainer company buys, in addition, mechanically
presorted panels with an existing CE mark.

Table 1: Sample set

Figure 2: pecimen imensions
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3 METHODS
3.1 B ndin t sts
The single curved shape of the specimens, however,
places additional challenges on test set-up and evaluation.
As a normative basis for the tests to be performed, prEN
16351:2011 [3] is used. Yet this standard does not provide
any information for the test set-up for curved panels. In
order to check whether the test set-up can also be applied
to single curved elements with the indicated dimensions,
finite element analyses are carried out in advance. These
analyses have confirmed that the dimensions can be
retained for the bending tests. The advantage of testing the
elements in compliance with the bending tests made for
straight stave elements with an overhang of at minimum
h and contrary to the bearing saddle typical of practical
application (first cut of panel elements) resides in the fact
that this will not prompt any normal forces and thus
constant support width can be ensured due to a respective
design of the supports. For introducing the loads into the
articulate support points, special beechwood stop-blocks
and screwed-on steel plates are used.

out in advance. Results of the FE analyses have shown
that the test set-up with regard to the distances between
load introduction and support surface are suitable only to
a limited extent for testing curved cross-laminated timber.
The test set-up works for straight panels, yet for curved
elements, measures must be taken. There have been
considerations as to how the test set-up can be changed in
order to achieve shear failures. As a first approach to a
solution, the distance between the support point and the
load-introduction point was reduced from 3h to 2h. Now,
the question has been raised whether this area is too small
and the load can be directly shed into the support and thus
the formation of shear forces is prevented. To check this,
calculations were performed with the new distances in the
R-FEM Finite Elements program showing that a distance
of 2h is sufficient in order to achieve shear failures during
a test. Figure 5 and Figure 6 give the results of these tests.
Figure 5 displays normal stresses (tensile and compression
stress perpendicular to grain) in the y direction
(coordinate system according to FE figure) for Type 4. It
can be seen very clearly that the load is not directly shed
into the support. Figure 6 displays the shear stresses
occurring in this area. By way of these analyses, the tests
could be performed using the new distance of 2h between
support point and load introduction point.

Figure 3: en ing test set-up accor ing to

The primary aim of laboratory tests is the determination
of rigidity as well as strength parameters of the elements.
On top of mechanical force used for determining the
strength parameters and the global as well as the local
bending rigidity, deformation measurements are carried
out over the cross-section height in order to draw
conclusions as to the tensile stress perpendicular to grain
occurring in this process. Figure 4 displays a bending test
(plus measuring device) carried out in the laboratory.

Figure 5: ormal stresses Ϭy in y irection

Figure 6: hear stresses τ

Figure 4: uilt-in en ing test o -ply single cur e crosslaminate tim er element an pertinent measuring e ice

3.2 Sh ar t sts
As with the bending tests, prEN 16351:2011 [3] is deemed
as the normative basis for performing shear tests. Also for
shear tests, the standard does not provide any instructions
as to the testing of curved cross-laminated timber
elements. Thus, finite element analyses are again carried

In the course of laboratory tests, as with the bending tests,
the rigidity and strength parameters of the curved crosslaminated timber are determined. Mechanical force is
required to determine rolling shear strength. In keeping
with the bending tests, also the shear tests determine the
global and local bending rigidity as well as the rolling
shear rigidity of the curved elements.
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Figure 7: et-up o a shear test accor ing to

Figure 10: istri ution o re uency o local elasticity mo ulus
at
oo moisture or test series ype
Figure 8: uilt-in shear test o

laminate tim er element

-ply single cur e cross-

4 RESULTS
4.1 B ndin t sts
The bending-test series Types 1 and 2 comprise the tests
of 18 specimens, respectively. Before the start of the tests,
the geometry parameters of radius, element width and
cross-section height and/or slat thicknesses were once
again checked. The deviations of the bending radii were
marginal and were not considered in the evaluation. The
deviations of slat thicknesses from the predefined slat
thicknesses were considered in the evaluations. igure
gives an exemplary representation of the test diagrams of
the specimens Types 1_01 and 2_01. The markings
displayed in red and blue represent the range between
0.1

max

and 0.4

max

for the evaluation of the elasticity

moduli. As can be seen very clearly, a linear elastic
material behavior exhibited by the specimens can be
assumed in this area.

Figure 11: istri ution o re uency o local elasticity mo ulus
at
oo moisture or test series o ype

The displayed histograms quickly make it clear that,
among the usual timber-product elasticity moduli, the
bending elasticity moduli easily correspond to the
strength grade of C24 of
mean

mean

= 11,000 N/mm². At

= 10,243 N/mm², the mean E-modulus of test

series Type 1 (5-ply cross-laminated timber) is appr. 7%
below
the
expected
elasticity
modulus
of
mean

= 11,000 N/mm², while that of test series Type 2

(9-ply
cross-laminated
timber)
is,
at
Emean = 10,392 N/mm², appr. 6% below the expected
elasticity modulus of

Figure 9:

emplary test iagrams o specimens ypes

an

mean

= 11,000 N/mm² [5].

The failure of the entirety of specimens constituted
flexural-tension failure in the lower marginal slat. igure
and igure display specimens of test series Types 1
and 2 that were driven to breakage point. It can be
established very clearly that the tests that have been
performed constitute bending failures. Bending strength
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m

was evaluated for the respective specimens at load at

rupture.

Figure 12: en ing ailure o a specimen o test series ype
Figure 14: en ing strength

Figure 13: en ing ailure o a specimen o test series ype

The distribution of bending strengths

m

Types 1 and 2 is represented in igure

.

for test series

The characteristic bending strength for Type 1 is appr.
N/mm², and 38 N/mm² for Type 2, without considering
the system coefficient ksys.

o plot

A summary of test results of bending test series Type 1
and Type 2 shows that the characteristic value of gross
density amounts to 396 kg/m³ at a standard deviation by
the mean value of 18 kg/m³. When compared to Type 1 –
without considering statistical outliers – test series Type 2
exhibits a somewhat higher scattering. As opposed to that,
the characteristic parameters of bending strength and of
the local bending elasticity modulus are lower for Type 2
due to system effects. Following an overall assessment,
the E-modulus for bending is a bit above 10,000 N/mm²
and thus somewhat below the expected bending elasticity
modulus of strength grade C24. The elasticity moduli
determined for the curved panel elements can be assumed
at 10,200 N/mm², and thus exhibit a decrease of appr. %
when compared to the input material. The statistically
determined bending strength accounts for 34.44 N/mm² at
a standard deviation of 4.35 N/mm². Due to differing
system effects, it is possible only to a limited extent to
indicate or provide evidence for a characteristic value for
both test series here; yet, as has been shown on the basis
of the results achieved for Types 1 and 2, the used input
material T14(C24) can be assumed. Thus, there has been
no preliminary damage due to the selected curvature radii
[5].
4.2 Sh ar t sts
Like the bending tests, the shear tests were performed
according to prEN16351 [3]. This test constitutes a 4point shear test in the course of which, as opposed to the
bending tests, the load introduction points are shifted to
the outside towards the support points. For this test, the
distance between the support points and the load
introduction points is merely a quarter of the span width.
The load, in turn, is path-controlled, as with the bending
tests, and is applied until breakage point, with the peak
load having to be reached within a time range of 300±120
s. As with the bending tests, also for the shear tests stopblocks were used in the support and load introduction
areas instead of bed plates. The standard distances used
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in a 4-point shear test according to prEN16351 [3] and the
arrangement of measuring points are displayed in igure
.
The shear-test series of Types 3 comprise the tests of 18
specimens, and those of Types 4 of 32 specimens. As with
the bending tests, also for the shear tests the geometry
parameters of radius, element width, and cross-section
height and/or slat thickness were checked prior to start of
the tests. The deviations of bending radii were minor and
were not included in the evaluation. The inductive
deformation transducers record the deformations to
determine the global and local elasticity modulus as well
as shear rigidity. Rolling shear strength

R

was evaluated

at the maximum applied load. igure
again gives an
exemplary representation of the test diagrams of
specimens Type 3_01 and Type 4_01. The markings
displayed in red and blue represent the range between
0.1

max

and 0.4

max

for the evaluation of the elasticity

moduli and of shear rigidity. As can be seen very clearly,
a linear elastic material behavior of the specimens can be
assumed in this area. The rolling shear strengths were
evaluated at maximum force [5].

Figure 17: istri ution o re uency o local elasticity mo ulus
at
oo moisture or test series ype

The histograms represented in igure
and igure
indicate that the mean value of the elasticity moduli
exhibits a higher value than for the bending tests.
Accordingly, the mean value of the local elasticity
modulus of test series Type 3 (5-ply cross-laminated
timber) exhibits a value of

mean

= 13,279 N/mm² and

thus a value that is 29 % higher than the mean value of the
elasticity modulus of the bending tests at
mean

= 10,318 N/mm². The difference is similar for test

series Type 4 (9-ply cross-laminated timber), where the
mean value of the elasticity modulus accounts for
mean

Figure 15:

emplary test iagram o specimen ypes

an

= 12,210 N/mm² and thus exhibits a value that is

18 % higher than for the bending tests. This deviation of
the elasticity moduli can be traced back to various causes.
For example, the differences may have been brought
about by differing test set-ups, in particular, by the
distances between load introduction and support points, or
the differences may of course also have been caused by
natural material scatterings.
Rolling shear strengths

R

were evaluated at the load at

rupture of each specimen. For all tests that were
considered in the evaluation, rolling shear failures took
place. igure
and igure
display specimens of test
series Type 3 and Type 4 driven to breakage point. It can
be seen very clearly that these constitute rolling shear
failures. The distribution of the rolling shear strengths R
of test series Type 3 und Type 4 is displayed in igure
[5].

Figure 16: istri ution o re uency o local elasticity mo ulus
at
oo moisture or test series ype
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scattering. Yet it also has to be considered in this context
that Type 4 exhibits a higher sample scope. As opposed to
bending tests, the local elasticity modulus exhibits a
higher value for shear tests. Characteristic rolling shear
strength accounts for 1.27 N/mm². Thus, it can be
assumed that curvature does not have a significant impact
on rolling shear strength.

Cal ulation m thod

Figure 18: hear ailure o an element o test series ype

When calculating the distribution of bending stresses in
curved element cross-sections, it must be considered that
there is no linear course of the stress-strain relationship
over the cross-section height any more. In the flexural
tension zone, stress distribution is to be increased with the
coefficient kℓ according to Equation (3).

 m,  k 

·e

(2)

0, net

with

h
h
k  k1  k2     k3   
 r0 
 r0 

Figure 19: hear ailure o an element o test series ype

2

(3)

Here, the following parameters are specified:
k
Coefficient k 1.00
k
Coefficient k 0.35
k
Coefficient k 0.60
h
Building component thickness at point
r
Radius at point
When attempting to provide evidence for the boundary
conditions of load bearing capacity at the slat, system
effects, as they are called, can be taken into consideration.
Here, Austrian standard ÖNORM B 1995-1-1 [4] allows
for an increase of the strength parameters for glued
individual cross-sections by the coefficient ksys by up to
in the event of respective load distribution in the
transverse direction.

1

1  ·(n  1)
k sys  min  35

1, 20

Figure 20: Rolling shear strengths

o lot

A summary of the test results of shear tests Type 3 and
Type 4 shows that the characteristic value of the gross
density accounts for 410 kg/m³ at a standard deviation by
the mean value of 16 kg/m³. When compared to Type 3,
the test series of Type 4 exhibits somewhat higher

(4)

Due to the curved shape of the cross-laminated timber
elements, occurring tensile stress perpendicular to grain
must not be neglected. Tensile stress perpendicular to
grain, which is in this case caused by the geometry of the
building component, occurs if curvature and moment
exhibit opposite signs due to the deflection of tensile and
compressive forces. For calculating curved elements,
ÖNORM B 1995-1-1 [4] does not provide for any separate
indications for laminates exhibiting low-shear
intermediate layers. By testing curved elements in the
laboratory with the smallest-possible bending radii
depending on slat thicknesses, this exposure is indirectly
recorded, too, when determining bending strengths, and
thus also influences the determined strength parameters.
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Tensile exposure that is perpendicular to grain can be
determined by way of Equation (4) [5].

t ,90,d  

Fc,Ed Ft ,Ed

r0
r0

(5)

When calculating the bending stresses, the ansat values
as laid down in Table 2 can be inferred, depending on the
number of slats used for the calculation of tensile stresses
perpendicular to grain.
Thus, evidence for the stresses can also be provided on the
basis of Equation (6) according to ÖNORM B 1995-1-1
Chapter 6.4.3 [4].

v/ r ,d
t ,90,d

1
f v/ r ,d k dis ·k vol ·f t ,90,d

(6)

Here, the following parameters are specified:
Tensile strength perpendicular to grain
t, ,
Shear strength, rolling shear strength
r,
k is
Coefficient according to [4]
k ol
Coefficient according to [4]
τ r,
Shear/rolling shear exposure
σt, ,
Tensile stress
Table 2: Calculation of tensile stress perpendicular to grain

n
3
5
7
9

σt,90,d N mm

di ≠ d, and h=∑di

m,d ,max ·(h 2  2·d 2 ·h  2·d1·d 2 )
4·h·r0

m,d ,max ·(4·d 2 2  4·d 2 ·h  8·d1·d 2  h 2 )
4·h·r0
m,d ,max ·(4·d 2 2  h 2  8·d1·d 2  2·d1·d 4  2·d 2 ·d 4  2·d3·d 4  4·d 2 ·h  d 4 ·h )
4·h·r0
m,d ,max ·(4·d 2 2  4·d 4  h 2  8·d1·d 2  8·d1·d 4  8·d 2 ·d 4  8·d3 ·d 4  4·d 2 ·h  4·d 4 ·h )
4·h·r0

Additional exposures – tensile and compressive forces –
that may also have an impact on tensile exposure
perpendicular to grain are to be considered as well.
The tests show excellent results, in particular for flexural
strengths between appr. 32 N/mm² and 38 N/mm² or when
summarizing the results of appr. 34 N/mm² (without
considering system effects, if any). If individual-series
results are analyzed in-depth and considered as well,
bending strength

m

goes down. For curved cross-

laminated timber elements, according to ÖNORM EN
1995-1-1 [4], the system coefficient

sys

can be

calculated on the premise of a mean slat width of 16 cm.
From this results a system coefficient sys =1.12 for the
tested specimens and thus for a mean bending strength

m,k

= 30.75 N/mm². Thus, it can be assumed that for
single curved cross-laminated timber elements no
reduction of bending strength on account of pre-curvature
or curvature must be performed. The local elasticity
modulus achieved in the course of bending tests accounts
for 10,200 N/mm² and is thus appr. 7 % lower than that
exhibited by the input material at 11,000 N/mm². If the
gained local elasticity moduli regarding the shear tests are
considered, for which the mean value accounts for 12,595
N/mm², the results of the bending tests are being put in
perspective. Thus, it can, on average, again be assumed
that the bending elasticity modulus of the input material
can be assumed at 11,000 N/mm² for practical
calculations.
For test series Type 3 and Type 4, characteristic rolling
shear strength exhibits 1.27 N/mm². Thus, it can, again,
be assumed that curvature does not have a significant
impact on rolling shear strength. The shear check should,
however, always be performed in combination with
tensile stresses perpendicular to grain.
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FURTHER DEVELOPMENT OF CROSS-LAMINATED TIMBER (CLT) –
MECHANICAL TESTS ON 45° ALTERNATING LAYERS
Dietrich Buck1, Xiaodong (Alice) Wang2, Olle Hagman3, Anders Gustafsson4
ABSTRACT: In this paper, a series of experimental bending and compression tests were performed on cross-laminated
timber (CLT) products with ±45° alternating layers, to evaluate their performance against conventional panels of 90°
orientation. Engineered wood products, such as CLT with ±45° alternating layers can provide opportunities for greater
use in larger and more sustainable timber constructions. A total of 40 panels, manufactured in an industrial CLT
production line with either of these two configurations, were tested and compared. Panels were evaluated in bending
tests n=20 and the remaining ones in compression tests. Results showed that 35% increased the strength in the fourpoint bending tests for panels containing ±45° alternating layers compared with the 90° alternating layers. Compression
strength was increased by 15%. Stiffness increased by 15% in the four-point bending and 30% in the compression. The
results indicate that CLT containing ±45° alternating layers has increased strength and stiffness compared to 90°
alternating layers. These findings suggest that further developments in CLT are feasible in advanced building
applications.
KEYWORDS: Crosslam, X-lam, Panel configuration, CLT assembling, CLT manufacturing, Mass timber engineering,
Experimental study, Destructive testing, Influence of orientation

1 INTRODUCTION
“Sustainable development seeks to meet the needs and
aspirations of the present without compromising the
ability to meet those of the future” [1]. The main idea of
sustainable development for society is not to use more
than can be replaced [2]. In Europe, nearly 40% of the
total use of energy and materials, 40% of the waste and
40% of greenhouse gas emissions, originate from the
building sector. Thus, the construction industry has a
considerable impact on sustainable development [3].
Currently, the development of timber engineering
demands a more flexible practice of wooden building
materials and a renewed sense of sustainability.
Engineered wood materials can include glued-laminated
timber (Glulam), laminated veneer lumber (LVL),
structural composite lumber (SCL) and, finally crosslaminated timber (CLT), which is increasingly used in
wood construction worldwide [4].
When considered in conjunction with environmental
concerns, the significance of wood-based constructions
is even more positive compared to concrete and steel,

which in turn will promote further advancements
towards sustainable building solutions [5].
CLT is a widely used and established engineered wood
panel, based on at least three solid timber board layers in
orthogonal and adhesively bonded assemblies. This
technology was first used and developed in the early
‘90s in Central Europe [6]. CLT is generally composed
of several layers of an odd total number, keeping the
wood fibers of each layer transverse to the adjacent
layers, as shown in Figure 1. Higher dimensional
stability and load-bearing capacity are two key
advantages of CLT compared to regular construction
timber [7].

1

Dietrich Buck, Luleå University of Technology, Sweden,
dietrich.buck@ltu.se
2
Xiaodong (Alice) Wang, Luleå University of Technology,
Sweden, alice.wang@ltu.se
3
Olle Hagman, Luleå University of Technology, Sweden,
olle.hagman@ltu.se
4 Anders Gustafsson, SP Technical Research Institute of
Sweden, SP Sustainable Built Environment, Skellefteå,
Sweden, anders.gustafsson@sp.se

Figure 1: Conventional assembly layup of cross-laminated
timber (CLT 90°)

Its in-and-out plane endurance, unlike traditional lightframe
constructions,
makes
it
progressively
acknowledged as an appropriate construction material
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[8]. One of the critical issues in traditional wood-frame
buildings is the floor span in regards to structural design
performance. Even the performance of walls can be
crucial, especially in high-rise buildings due to the
additional vertical and lateral forces applied from wind
loads. The growing interest in wood-based constructions
and their comparatively low environmental footprint
make this material an appealing option, but conventional
wood construction methods are being challenged,
especially in cases where larger and high-rise timber
buildings are needed [5, 7].
Recent architectural and engineering research has
indicated that in high-rise building construction; wood
could be a suitable material if it is appropriately
engineered. Suggested solutions include buildings made
of nearly 80% timber by volume for constructions of 40floors or more, where the primary structural material
could be a glulam reinforced CLT combined with
concrete and steel. However, building these larger
timber structures introduces challenges, such as the
management of greater spans and intersections which
demand an increased material per unit area factor
compared with traditional methods. Furthermore, floors
in this type of high-rise buildings, equal nearly 70% of
the total used materials. Thus, it is significant to enhance
the physical properties of these engineered wood
products to guarantee the availability of sustainable and
competitive, low-carbon-emitting materials suitable for
the affordable building needs of the future [5]. CLT
products fit this function; however, cost represents a
major obstacle for further penetration of this product into
wood-based high-rise buildings. The question to explore
is whether there is another more suitable way to align the
boards in CLT to achieve the required mechanical
properties while using less wood.
The standard procedure of CLT construction includes a
0° / 90° laminate; which means that the board layers are
interchangeably configured in a longitudinal and
transverse order [7]. However, there is a potential for
trying to distribute the forces more, along the fibers,
taking advantage of the anisotropic properties of wood.
In this study, the boards were aligned at 90° or ±45° in
transverse layers. This alignment has not been evaluated
on industrially manufactured CLT products; however;
there is an established non-glued product using a ±45°
orientation, developed by Thoma Holz100, which uses
dowels to assemble the boards [9]. Gluing the boards
instead of using dowels can offer improved mechanical
properties (Figure 2).

In the present study, the main objective is to compare
CLT panels containing board grain directions aligned by
alternating 90° and ±45°. The purpose is to determine the
potential load-bearing layer capacity impact within the
panel’s main load-bearing direction. The intention is to
distribute the load in the strongest wood direction by
placing alternating boards at ±45°, so as to reduce the
transversal load and minimizing the risk of rolling shear
(Figure 3). In structural CLT applications, in-plane shear
can be crucial [10].

Figure 3: Alternating transverse layers of a CLT panel layup
in a ±45° configuration

This study examines how the CLT panel configuration
can improve its bending and compression properties.
Destructive bending and compression tests were
conducted in the main load-carrying direction in a
flatwise panel layup, where each transverse layer was
configured at 90° and compared with the ±45°
configuration.
The main purpose of this work is to examine further the
potential of CLT as it has been proposed for sustainable,
high-endurance wood building construction. This was
achieved by investigating the load-bearing capacity of
CLT, regarding distribution and alignment of board
enhancements in the main load direction, taking
advantage of the material properties. Evaluation and
comparison results were performed by examining the
bending and compression properties of 90° and ±45°
alternating transverse CLT layers.
The assumed advantages of using these CLT ±45°
products are: (1) increased load-direction mechanical
performance proposing it as load-bearing construction
panel element, suitable in respect to in-plane shear; (2)
more efficient use of wood material properties; and (3)
making CLT panels a suitable material in specific
demanding construction enterprises.

2 MATERIALS AND METHODS
2.1 MATERIALS

Figure 2: Thoma Holz100 uses wooden dowels to assemble
boards in orientations of ±45° [9]

To produce traversable CLT panels consisting of layers
alternating at 90° and ±45°, the European Norway
Spruce (Picea abies) was chosen. An industrial CLT
production line was used to manufacture the panels
based on a custom process and manufacturing procedure
in a factory located at Martinsons in Bygdsiljum,
Sweden, as depicted in Figure 4. A Dynagrade was used
to grade the machine strength of the boards, by
measuring the physical impact resonant frequency mode,
according to a standard methodology described in
Dynalyze AB patent [11]. The structural timber strength
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and the quality class were LS15 and Q61, respectively,
according to CEN/EN 14081 (2011) [12] and in
compliance with C24-grade CEN/EN 338 (2009) [13].
Moisture content was 8% on average, as measured by the
oven dry method conforming to CEN/EN 13183 (2003)
[14]. The determined average density was 462 kg/m3
conforming to ISO 3131 (1975) [15]. Edgewise and
flatwise board pre-processing through a jointer were
performed, and the dimension of each single board was
19 mm and 94 mm in thickness and width, respectively.
No finger joints were contained in the boards. Since it
was possible to adjust the production line saw to cut
single full-length boards at 45° for the transverse layers,
the amount of material used for the two different types of
CLT corresponded approximately to each other and
minimized the sawing waste.

consisting of alternating 90° and ±45° transverse layers:
three panels with alternating layers arranged transversely
at 90° (0°, 90°, 0°, 90°, 0°) and another three panels with
alternating layers arranged at ±45° (0°, 45°, 0°, −45°,
0°). The produced CLT panels were fabricated with
every second panel being a modified CLT with
alternating ±45° layers, following a regular CLT, and so
forth. For improving panel comparability, the production
was performed in an overlapping and simultaneous
fashion resulting in equally matched materials and
environmental conditions. The industry manufacturer
confirmed all the followed production line procedures
and all carefully chosen manufacturing parameters were
within the CLT standard ranges.
CLT panels were sawn using computer numerical
control (CNC) in systematic sampling in two groups for
a total of 40 samples. Each group included ten samples
consisting of 90° configurations and ten samples of
±45°. One group was tested in destructive four-point
bending and the other group for compression testing.
The sample dimension measurement fulfills the
requirement of CEN/EN 325 (2012) [17]. The average
final dimensions of the samples ready for the four-point
bending test were 95 mm in thickness, 590 mm in width
and 2000 mm in length. The average dimensions for the
compression samples were 95 mm in thickness, 180 mm
in width and 570 mm in length.
2.2 METHODS
The tests for evaluating the bending and compression
properties of the samples followed the European
standard CEN/EN 408 (2012) [18] which is certified for
determining the stiffness and strength properties of CLT
based on the CEN/EN 16351 standard (2015) [19]. All
tests were performed at SP Technical Research Institute
of Sweden in Skellefteå as shown in Figures 5 and 6.

Figure 4: Industrial production line used for manufacturing
conventional CLT 90° and modified CLT ±45° panels

An adhesive melamine-urea-formaldehyde (MUF)
Cascomin 1247 alongside 2526 hardener, from Casco
Adhesives AB (Netherlands), was used to glue the
boards. The selected glue corresponds to glue type 1
according to CEN/EN 301 (2012) [16]. From the same
vendor, an industrial separate ribbon spreader 6230, was
used to apply glue on all the flat surfaces of the boards
during fabrication, without edge bonding. The ratio of
the used adhesive hardener was set to 29.2% and a total
of 320 g/m² glue was applied.
To press the boards into panels, a single step procedure
of applying pressure in both directions transversely to
the CLT occurred with the use of a high-frequency press
SM 6013 HFS made by Stenlund Maskiner AB. The
duration of this production stage was 290 s and the
production temperature of the panels reached 78 °C.
The manufactured CLT panel dimensions were 95 mm in
thickness, 1200 mm in width and 4136 mm in length,
after curing. A total of six panels were manufactured,

Figure 5: Experimental four-point bending test of CLT panels
with an alternating layer configuration
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center of the neutral axis. In compression, the
displacement measured over the full sample length was 6
× h. All presented stiffness values were established on
10% and 40% of the ultimate load. MOE and MOR
calculations were based on the determined measurement
values from the gross cross-section of tested samples
according to CEN/EN 408 (2012) [18].
Another metric used was the 5th percentile value also
identified as 5-percentile or 5%-quantile and corresponds
to the lower one-sided 75% confidence level (CL). The
5th percentile declares the value of the 5% of the test
values that are lower and within the suggested CL in
accordance with timber structure standard CEN/EN
14358 (2006) [20].

3 RESULTS AND DISCUSSION
3.1 FOUR POINT BENDING TEST
Figure 6: Experimental compression test of CLT panels

An accredited laboratory was used for all testing, having
followed the SP standard operating procedures for
calibrating all measuring devices and equipment. During
testing, measurements were recorded at a frequency of
100 Hz. For local displacement bending measurement,
the acceptance accuracy was ± 0.02 mm for the two 25mm-long linear displacement micro-measurement
sensors. In global displacement bending and
compression
measurement,
the
50-mm-long
displacement sensors had an accuracy of ± 0.04 mm.
Global bending displacement was measured with two
sensors placed on either side of the sample center.
Global compression displacement was measured with
four sensors, one at each of the four corners. The load
cell was at ± 0.20% maximum output.
The mechanical bending properties studied in this work
were measured by applying load with corresponding
global and local displacement. The bending samples
were tested in their major direction in a flatwise layup
configuration. The global bending span was 1710 mm,
and the distance between the two inner load points was
570 mm, with support widths at 50 mm, including a 5
mm edge radius.
In compression testing, the load was applied in the center
axis from the sample CLT surface. Tested samples were
placed between two stiff steel plates, with one
spherically seated loading-head to counteract the
compressive load without bending.
The standard CEN/EN 408 (2012) [18] describes and
defines the used experimental methods for determining
mechanical properties in bending and compression.
Determined CLT properties were the modulus of rupture
(MOR), the global modulus of elasticity (MOE) in
bending and compression, and the local MOE in
bending.
Global bending MOE was examined by measuring the
displacement around the neutral axis over the full panel
span 18 × h between the two outer supports; thereby, it is
possible to study the effects of shear in bending. The
local displacement defined the local MOE, which was
reviewed as a span length 5 × h, measured from the

Test results are reported on 40 CLT panels to investigate
and analyze measurement uncertainty by also reporting
standard deviation (SD). The number of 40 CLT panels
is considered enough to prove the stability or variability
of the test measurements and is similar to previous
evaluation works [21].
Table 1 reviews the bending characteristics of the tested
CLT samples which include performance results with
respect to the four-point bending global and local
modulus of elasticity (MOE) and modulus of rupture
(MOR) in the two different CLT configurations. Results
also include the 5th percentile values which are
considered as a metric indication of their design value as
load-bearing building materials.
Table 1: Four-point bending test for CLT with 90° and ±45°
alternating transverse layers

CLT type
90°
±45°

Ave.
5th percentile
Ave.
5th percentile

MOE
Global
(MPa)
8243.0
(5.3)
7357.2
9517.2
(2.2)
9087.4

MOE
Local
(MPa)
9353.6
(5.8)
8269.6
10568.0
(2.6)
9997.3

MOR
(MPa)
35.2
(9.7)
28.3
47.5
(6.1)
41.8

Values in parentheses are sample coefficient of variation
(COV)

3.1.1 Global and Local Modulus of Elasticity (MOE)
Based on Table 1, the 90° alternating CLT layers
average global MOE was 8243.0 MPa, the COV was
5.3%, and the 5th percentile design value was 7357.2
MPa. However, for the panels with ±45° alternating
CLT, the average global MOE was 9517.2 MPa, the
COV 2.2%, and the 5th percentile design value was
9087.4 MPa.
By comparing the aforementioned values of the two
different CLT, the global MOE average value for the
±45° alternating CLT layers increased by 15.5%. Its
value of COV decreased by 59.1% and the 5th percentile
design value increased by 23.5%.
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Considering the local MOE, the average value for the
90° alternating CLT was 9353.6 MPa and the value of
COV was 5.8% and finally, the 5th percentile design
value was 8269.6 MPa. In the tests of the ±45°
alternating CLT, the average local MOE was determined
at 10568.0 MPa, the COV 2.6%, and the 5th percentile
design value reached 9997.3 MPa.
When compared, the local MOE average value increased
by 13.0%, and the COV decreased by 54.5% with the 5th
percentile design value increasing by 20.9% for ±45°
compared with 90°.
3.1.2 Modulus of Rupture (MOR)
Regarding the modulus of rupture, as shown in Table 1,
the average value for the 90° alternating CLT was 35.2
MPa, with a COV 9.7%, and the 5th percentile design
value was 28.3 MPa. The values for the ±45° alternating
CLT, were 47.5 MPa for the average MOR, 6.1% for the
COV, and 41.8 MPa for the 5th percentile design value.
In the ±45° and 90° CLT comparison, the average value
of the MOR was increased by 35.0%. A 37.3% decrease
was observed in the COV and a 47.8% increase in the 5th
percentile design value.
Average four-point bending values and the respective
standard deviation for global and local MOE, as well as
for MOR are displayed in Figure 7. The comparisons
indicate that the strength and stiffness of CLT containing
the ±45° alternating layers are increased compared with
all of the values of the 90° conventional CLT. Moreover,
the SD was less for the ±45° CLT due to the increased
interaction contribution from the ±45° layers.

Figure 7: Comparison of the average four-point bending
values and their standard deviations (SD) for MOE global,
MOE local, and MOR for both 90° and ±45° alternating CLT

3.1.3 Failure Modes
Failure types differed among CLT samples in the fourpoint bending tests and appeared in single or multiple
instances in the same tested sample. The most prominent
failures can be categorized in the following three modes:
(1) bending failure due to the tension of the lowest outer
layer, as shown in Figure 8, with both types of CLT
being affected; (2) failure due to rolling shear, which
occurred when there was shear stress transverse to the
grain and appeared more in 90° layers, as shown in

Figure 9; and (3) failure due to longitudinal shear,
caused by the parallel shear stress of grain and observed
in CLT ±45°, shown in Figure 10.

Figure 8: Bending failure due to tension in the lowest outer
layer

Figure 9: Failure caused by initial rolling shear near to
bondlines appeared as shear stress transverse to the grain

Figure 10: Failure due to longitudinal shear occurred as shear
stress parallel to the grain

In this study, failure combinations were also observed
through the tests, like the combination of longitudinal
shear and initial rolling shear as illustrated in Figure 11.
In this study, there is a 45° shear which is a combination
of rolling and longitudinal shear in the ±45° transverse
layers. When comparing these kinds of failures with
Figure 9 which shows a 90° sample, the observed
appearance was similar apart from the board orientation.

Figure 11: Failure due to a combination of longitudinal shear
and initial rolling shear near to the bondlines

3.2 COMPRESSION TEST
Table 2 summarizes the compression properties of the
two different layered CLT samples. The evaluation
metrics included the global compression MOE and
MOR. The design value of the 5th percentile was
determined for both CLT types as an indication to
characterize their load-bearing capacity as construction
materials.
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Table 2: Compression test for CLT with 90° and ±45°
alternating transverse layers

CLT type
90°
±45°

Ave.
5th percentile
Ave.
5th percentile

MOE
Global
(MPa)
5533.0
(10.6)
4393.2
7167.2
(6.6)
6230.4

MOR
(MPa)
26.3
(9.5)
21.4
30.2
(2.6)
28.5

Values in parentheses are sample coefficient of variation
(COV)

3.2.1 Modulus of Elasticity (MOE)
The results of the compression tests are listed in Table 2.
For the 90° CLT layers, the average MOE was 5533.0
MPa, the COV was 10.6%, and the 5th percentile design
value was 4393.2 MPa. For the ±45° layer setup, the
average global MOE was 7167.2 MPa, with the COV
being 6.6%, and finally, the value of 6230.4 MPa
defined the 5th percentile design value.
When comparing the two types of CLT, a 29.5%
increase was achieved for the average global MOE while
the COV value decreased by 37.3%. The 5th percentile
design value increased by 41.8%, favoring the ±45°
alternating CLT type.

Figure 12: Comparison of the average compression values and
their standard deviations (SD) for the two types of CLT

3.2.3 Failure Modes
Failure modes for compression tests differed among the
two CLT configurations. Failure modes were more
consistent for the ±45° alternating layers of CLT but
more complex for the 90° CLT. The three most common
failure modes can be seen in Figures 13-15. The failure
caused by crushing and splitting between layers is
presented in Figure 13. Crushing failure is shown in
Figure 14 for 90° CLT. Shearing failure for ±45°
alternating layers of CLT is shown in Figure 15.

3.2.2 Modulus of Rupture (MOR)
In the compression test of the 90° alternating CLT
layers, as shown in Table 2, the average MOR was 26.3
MPa, the COV was 9.5%, and the 5th percentile design
value was 21.4 MPa. Results for the ±45° alternating
CLT were an average MOR of 30.2 MPa, COV of 2.6%,
and 5th percentile value of 28.5 MPa.
In the two CLT type comparison, a 15.0% increase was
achieved in the ±45° regarding average MOR, while a
72.4% decrease in the COV was observed. Thereto, the
5th percentile design value increased by 33.4%.
In Figure 12, the average compression values and the
standard deviations (SD) of the two CLT types are
depicted. This visual comparison displays that the
strength and stiffness of ±45° alternating CLT were
increased compared with the 90° alternating CLT values
of global MOE and MOR. Moreover, the SD was less for
±45° than 90°.

Figure 13: Compression sample, crushing and splitting failure
in CLT 90°, sample top and side view
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Figure 14: Failure due to crushing in CLT 90°, top and side
view

comparing the two different configurations of CLT
layers.
Furthermore, when investigating the mechanical bending
and compression properties, a crucial statistical increase
was observed in favor of the ±45° alternating CLT, with
the SD being reduced regarding the marginal error,
indicating greater predictability. This improvement is
desired from a design point of view.
Bending failure modes were also investigated and three
of them were identified as the most prominent: outer
layer tensile failure which occurred in both sample types,
rolling shear failure which was observed mostly in 90°
samples, and failure in longitudinal shear which
appeared in ±45° samples. Failure also occurred in
combination. In bending there was a 45° shear which is a
combination of rolling and longitudinal shear in the ±45°
transverse layers. Failure modes were also observed in
the compression samples: failure caused by crushing and
splitting between layers and crushing only, with both
failure modes being more common in 90° CLT. The
failure mode for CLT ±45° was predominantly shearing.
Future sustainable constructions may use CLT ±45°
since they can be beneficial in terms of structural
engineering and design properties. The findings of the
current work can lead to further CLT developments and
improvements in the construction field. As they can be
used as a load-bearing building material, helping the
construction of larger spans with less material.
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HYBRID BEECH AND SPRUCE CROSS-LAMINATED TIMBER
Simon Aicher1, Maren Hirsch2, Zachary Christian3
ABSTRACT: The presented work examines the rolling shear properties of beech wood for the novel application as
cross-layers in hybrid cross-laminated timber. Rolling shear modulus and strength of beech were determined by three
different approaches: i) two-plate shear tests on single beech board slabs, and ii) compression shear and iii) bending
tests on hybrid CLT specimens based on the test methods defined in EN 16351. The CLT specimens were cut from two
industrially manufactured hybrid three-layered CLT-plates with a beech cross-layer and spruce outer layers. The rolling
shear modulus results obtained from the single board tests and the bending tests agreed well and were within the range
of 350 - 370 N/mm². The characteristic rolling shear strength obtained from the bending tests was determined as
2.6 N/mm², where the failure was often governed by longitudinal shearing of the spruce laminations. Hybrid CLT-plates
demonstrate a highly improved strength and deflection behaviour versus homogenous spruce CLT-plates and result in
not only a mechanically superior product but also allow for a greatly simplified design approach.
KEYWORDS: cross laminated timber (CLT), hybrid built-up, hardwood, beech wood cross-layer, spruce outer layers,
rolling shear modulus, rolling shear strength

1 INTRODUCTION 123
Rolling shear modulus and strength of the cross-layers
are decisive mechanical properties in cross-laminated
timber (CLT) plates. Currently, CLT, which is of ever
increasing importance globally for medium and high-rise
timber buildings, is almost exclusively manufactured
from softwood (spruce/fir) boards. Likewise, the recently
approved European standard EN 16351 [1] on CLT, as
well as all existing European CLT approvals and North
American standard provisions address exclusively
softwoods as lamination material.
In recent years, the issue of an increased use of
hardwoods in wooden construction products has become
an important topic in central Europe. An evaluation of
appropriate physical applications of beech wood
laminations and especially of lower grades, currently
used almost entirely for thermal use, reveals immediately
that the material should be very apt for CLT, most
notably for the cross-layers of CLT build-ups. This
assessment results from the very high rolling shear
properties of beech investigated thoroughly in a
European WoodWisdom research project on hardwoods.
Special emphasis was laid on hybrid CLT with spruce
laminations in the outer layers and beech laminations in
the cross-layers. The presented work examines various
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methods and test results for determining the rolling shear
properties of a beech cross-layer in a three-layered CLT
build-up and highlights the enormous potential of the
novel beech-spruce hybrid CLT elements for the
practice.

2 MATERIALS AND METHODS
2.1 BEECH WOOD
The European beech wood (Fagus sylvatica) used for the
investigations was obtained from a stand in southern
Germany. In order to examine the potential use of
different grading qualities, the material employed for the
cross-layers included a roughly 25% share of boards
graded as LS7, the lowest possible assignable grade, or
lower, whereas the rest were graded as LS10 and LS13
according to DIN 4074-5 [2]. The mean and
characteristic density of the beech material were
691 kg/m³ and 625 kg/m³, respectively.
2.2 HYBRID BEECH-SPRUCE CLT PLATES
Apart from testing the rolling shear properties of beech
with single beech laminations, the majority of the tests
were performed with specimens cut from industrially
manufactured beech-spruce hybrid CLT plates. The
three-layered plates consisted of two, 40 mm thick outer
spruce layers and a middle, 30 mm thick beech crosslayer. The spruce material used for the outer layers
conformed roughly to T21 (5% quantile of tensile
strength: 21 N/mm2) as determined from tensile tests acc.
to EN 408 [3]. The beech laminations (taken from the
same sampling as the specimens for the single
lamination tests) contained no finger joints and were not
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edge-glued. The face-gluing was performed with a
One-Component-Polyurethane in combination with a
special primer. The cramping pressure was 1.0 N/mm².
The edge lengths of the plates were 2.5 m x 6.0 m.
According to a literature review, these elements were the
first hybrid beech-spruce-CLT-plates manufactured in an
industrial process.

3 TESTS ON ROLLING SHEAR
PROPERTIES
The tests for determination of the rolling shear
properties, with reference to plate-loading of a CLTelement, were performed via three different approaches:
• direct two-plate shear tests with single beech
board slabs,
• compression shear tests with 3-layer CLT
specimens based on the alternative test method
specified in EN 16351 [1] with specimen length
and width of 280 mm and 100 mm,
respectively,
• four-point bending tests with a span of 12 times
the panel thickness according to EN 16351 [1].
The range of test setups highlights the current test
methods for CLT and the challenges and necessary
adaptations when testing CLT elements in which the
cross layer exhibits much higher rolling shear properties
in relation to the properties in the axial direction of the
lengthwise oriented layers.
3.1 TWO PLATE SHEAR TESTS ON BEECH
SPECIMENS
3.1.1
Test setup
As little previous literature existed with regard to the
cross-sectional mechanical properties of beech,
preliminary, two plate shear investigations were carried
out. Currently, no internationally recognized test
procedures exist for the determination of rolling shear
properties of individual boards, despite being one of the
determining properties in the design of CLT structures.
Three testing standards were identified, however, that
with slight modifications were found to be reasonably
appropriate for the determination of rolling shear
properties –the European standards i) EN 789 [4] and ii)
EN 408 [3], as well as iii) the American standard ASTM
D 2718 [5]. For material and facility practicality
purposes and based on the fixed load line angle of
α = 14° given by EN 16351 [1] and EN 408 [3], the test
setup detailed in Figure 1 was chosen. The influence of
the load line angle has been investigated by Feldborg [6]
and Mestek [7], and the implications of the
approximately 14° chosen here will be addressed in later
studies.

Figure 1: Employed two plate shear test setup: a) technical
scheme with dimensions (in mm); b) view of the realized test
setup with fixed LVDT slip measurement, from [8]

To enable an adequate bond between the beech
specimens and the steel plates, the inside faces of the
steel plates were first profiled by 10 mm wide, 1.5 mm
deep rectangular grooves, before gluing with a special
two-component epoxy resin (WEVO EP32 S with
hardener WEVO B 22 TS).
3.1.2
Specimen classification
As a further analysis into any annual ring orientation
effects on the off-axis mechanical properties of the board
cross-sections, the samples were sorted according to a
graphical algorithm (see Figure 2 and the definitions
below) into one of the three established sawing patterns,
with the addition of a fourth “including pith” pattern:
• Quarter-sawn: 60° ≤ φmean ≤ 90°,
• Semi-quarter-sawn: 30° ≤ φmean < 60°, φ1 > 0°,
• Flat-sawn: 0° ≤ φmean < 30°, φ1 ≤ 0°, d > 5 mm,
• Including pith: φ1 ≤ 0°, d ≤ 5 mm,

Figure 2: Geometric definitions of annual ring orientation for
classification of beech wood boards, from [8]

where φmean = (φ1 + φ2 + φ3)/3. A comparison of the more
conventional sawing pattern definitions with a more
mathematically based approach based on the eccentricity
of the pith e in the width direction and the distance of the
edge of the board to the pith d in the thickness direction
is shown in Figure 3. The geometry-based parameters e
and d allow for a polar anisotropic finite element
continuum analysis of the boards’ apparent in-plane
stiffness properties.
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Figure 3: Comparison of the traditional sawing patterns with a
more mathematical approach based on the eccentricity e and
distance d of the pith from the middle of the board for the
tested specimens, from [8]

3.2 COMPRESSION (SHEAR) TESTS ON
HYBRID CLT ELEMENTS
In further investigations, larger specimens cut from the
hybrid CLT elements and containing multiple beech
cross-layer boards were tested in compression shear. The
European CLT standard EN 16351 [1] specifies a test
setup similar to that in EN 789 [4], but where the force is
directly transferred from the outer lengthwise oriented
layers to the glued middle layer instead of via glued-on
steel plates. The defined loading angle given in EN
16351, α = 14°, results in a relatively long specimen
length of l = 345 mm, giving a fairly large ratio of glued
area between the outer and cross layers to the axially
loaded cross-section of the outer layer. When
considering the rolling shear strength to the axial
strength of coniferous species, for which the standard is
specifically intended, it is probable that failure will occur
as rolling shear of the cross-layer as intended. When,
however, a cross-layer with a rolling shear strength of
roughly three times that of coniferous species is used
such as beech, failure will occur most probably as a
compression failure of the lengthwise oriented outer
spruce layers. As such, the employed setup which
included the outer layers (setup A) was shortened to a
length l of 280 mm, allowing for two full beech layers in
the cross layer, and producing a loading angle of 18°.
The axial strength of the spruce outer layers was further
reinforced by screws as depicted in Figure 4a. Parallel to
the modified EN 16351 approach taken in setup A, a
second compression shear test was performed on the
CLT element (setup B, see Figure 4b).

Figure 4: Compression shear test setups: a) setup A, b) setup B

In contrast to setup A, however, the outer spruce layers
were planed to a marginal 1.0 to 2.0 mm thickness,
giving a total specimen width of 33 mm. The specimen
was then glued by means of cold setting epoxy in
between two, 20 mm thick steel plates. Though the
specimen in setup B was of the same length as in setup
A, the reduced width and inclined test setup resulted in a
loading angle of α = 7°.
3.3 FOUR-POINT BENDING (SHEAR) TESTS ON
HYBRID CLT ELEMENTS
The final test method for the determination of the rolling
shear properties of the hybrid CLT element beech cross
layer employed a four-point bending test as specified as
one of the test alternatives in EN 16351 [1]. As both the
rolling shear strength and stiffness were of interest, a
specimen length to height ratio l/h of 12 was chosen (see
Figure 5 for further dimensions and test setup specifics,
and Figure 6 for the realized test setup). Both the outer,
lengthwise oriented spruce boards and the beech cross
layer boards had widths of 140 mm, assuring at least two
full adjacent laminations per lengthwise-oriented layer
and that two full cross-wise oriented beech laminations
were within the constant shear area. A total of 13
specimens were tested in bending shear, from which two
were produced in the laboratory and 11 were cut from
the industrially manufactured hybrid CLT plates.
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Figure 5: Test scheme, specimen dimensions and deflection and strain measurement locations of the bending shear test

4 ROLLING SHEAR TEST RESULTS
4.1 RESULTS FROM TWO PLATE SHEAR
TESTS ON BEECH SPECIMENS

Figure 6: Realized bending shear test setup with a failed test
specimen

In addition to the measurement of the local and global
deflections of the specimens under flexural loading,
extensive strain gages were utilized in an attempt to
mitigate the inherent sensitivity of the determination of
the shear properties based on deflection measurements.
This is especially true in the investigated case of a hybrid
beech-spruce CLT build-up, as the rolling shear modulus
Gr of beech was determined previously [8] as being
within the same magnitude of the longitudinal shear
modulus G0 of the outer spruce laminations. Figure 5
depicts the strain gauge placement: tri-axial strain gauge
rosettes were glued on both the front and back sides of
the specimen, positioned at mid-height of the beech layer
at the mid-point (a/2) of both constant shear areas as a
means to determine the rolling shear modulus Gr of the
beech layer based on shear strain measurement γr; three
linear strain gauges were glued at the beam mid-point on
both the outer compressive and tensile spruce faces and
spread out fairly evenly, with the restrictions depicted in
Figure 5, in order to determine the moduli of elasticity in
the longitudinal direction E0 of the spruce layers based
on the strain measurements ε0.

All specimens failed in a brittle manner as (rolling) shear
failures in the beech specimens. The rolling shear
modulus Gr and rolling shear strength fv,r were
determined for all 50 tested single beech board
specimens according to the relationships
∙

∙
∙∙

,

∙

∙

∙

,

(1)

,

(2)

respectively, where F2>F1 are load levels within the
elastic material range (here taken as between 10 and
40% of the maximum load), u2, u1 are the corresponding
slip values, and the remaining dimensions are defined
according to Figure 1. When taken over the sample of all
sawing patterns (including those with pith), the mean
rolling shear modulus Gr was determined as
370±70 N/mm2. The corresponding mean and
characteristic rolling shear strengths fv,r for the sample as
a whole was determined respectively as
5.5

, ,
, ,

1.2 N/mm ,

3.3 N/mm ,

which however include two obvious pre-cracked pith
specimen outliers. When considering all specimens
without piths, mean and characteristic (according to EN
14358 [9]) rolling shear strengths are obtained of
6.0

, ,
, ,

0.9 /

4.5 /

,
.
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Figure 7: Cumulative frequencies and fitted lognormal distributions of rolling shear results depending on sawing pattern of:
a) rolling shear modulus for all sawing patterns, b) rolling shear strength for all sawing patterns and a subsample without pith
specimens and c) rolling shear strength by sawing pattern, with lognormal distribution for pith specimens excluded, from [8]

The determined mean rolling shear modulus Gr,mean and
characteristic rolling shear strength without pith
fv,r,05(without pith) conform well with those determined in
[10] as 350 N/mm2 and 4.0 N/mm2, respectively.
Comparing the determined rolling shear stiffness and
strength of beech to those established for spruce and fir
laminates reveals a 7.5 factor increase with regard to the
design rolling shear modulus of spruce/fir Gr,spruce/fir of
50 N/mm2 given in [11; 12] and a roughly 5 factor
increase when comparing fv,r,05(without pith) with the range of
possible design rolling shear strengths for spruce/fir
fv,r,spruce/fir of 0.75 [13] to 1.5 N/mm2 [14]. A further
breakdown of the results is given in [8] and detailed
graphically in Figure 7.
Of particular interest are the results according to sawing
pattern. The semi-quarter specimens expressed the
highest average rolling shear modulus Gr,semi-quarter
whereas the average rolling shear modulus of the quarter
specimens Gr,quarter was the lowest. The resulting
relationship Gr,semi-qarter > Gr,quarter coincides with a
theoretically determined transformation of the on-axis
stiffness properties [8; 15].
A weak increase in the rolling shear strength fv,r between
sawing patterns can also be seen as a result of increasing
rolling shear modulus, though a larger influence was
found from the inclusion/exclusion of the pre-cracked
pith specimens. Additionally, a very weak to no
correlation could be seen between density and rolling
shear stiffness and density and rolling shear strength,
respectively [8].
4.2 RESULTS FROM THE COMPRESSION
(SHEAR) TESTS ON HYBRID CLT
ELEMENTS
For both test setups A and B, failure occurred
prevailingly as an interface failure between the outer
spruce layer and the beech cross layer with a sudden
crossing of the failure plane from one interface to the
other side interface through approximately half the
specimen height l/2, corresponding to the meeting point
of the adjacent unglued narrow edges of the beech
boards. The failure plane typically either crossed
abruptly at the gap between the unglued narrow edges of
the beech boards (see Figure 8a,c) or at a 45° angle when

the gap between narrow edges of the boards was
negligible (< 1 mm) (see Figure 8b). The results
therefore represent overwhelmingly a shear failure in the
longitudinal direction of the spruce layers rather than a
true rolling shear failure in the beech. As the initial tests
for setup A revealed highly implausible rolling shear
stiffness Gr results based on the measured slip
deformations, both test setups A and B were exclusively
evaluated with regard to shear strength.

Figure 8: Fracture appearances in the compression shear tests
with setup A (a, b) and setup B (c)

The mean and characteristic rolling shear strengths based
on test setup A were determined respectively as
3.31

, , ,
, , ,

0.61 /

2.30 /

and
,

while the same for test setup B were determined as
4.38

, , ,
, , ,

0.44 /

3.54 /

and
,

where 15 and 12 specimens were tested according to test
setups A and B, respectively.
As can be seen, test setup B resulted in significantly
higher rolling shear strengths than those determined with
setup A. When comparing the rolling shear strength
results of the hybrid CLT elements with those from the
single beech board tests (see Section 4.1), it can be seen
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that the results from setup A are also significantly lower
than those obtained from the single board tests, while the
results from setup B correspond fairly well to the single
board strengths. The results hereby highlight the
influence from the outer spruce laminations in setup A.

,

, ,

∙ ∑

,

,

4.3 RESULTS FROM THE FOUR-POINT
BENDING (SHEAR) TESTS ON HYBRID CLT
ELEMENTS
A total of 2 beech-spruce hybrid CLT prototypes
produced in the laboratory of the MPA, University of
Stuttgart, in addition to 11 industrially produced
specimens were tested in four-point bending according
to the test setup outlined in 3.3. The majority (85%) of
the specimens failed in a combined longitudinal shear
failure in the outer spruce layers and a rolling shear
failure in the beech cross-layer at the upper or lower
spruce-beech interface (see Figure 9), with the failure
plane traversing the beech cross-layer similar to in the
compression shear tests ( see Section 4.2). In contrast to
the compression shear tests, however, the specimens
which contained pre-cracked beech boards did not
necessarily result in the lowest strengths.
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when E90,2 is taken as 0 as is reasonable for cross-layers
without narrow edge gluing. As can be seen, Gr,2 of the
beech cross-layer must be known, and hereby a recursive
problem exists. Based however on preliminary material
qualification tests, a ratio of E0,1,3/Gr,2 within the range of
20-45 is determined, resulting in a γ of 0.87-0.94. When
γ = 1, which represents a rigid composite and thereby
eliminating the unknown Gr,2, the outer fibre bending
stress σm,1,3 is only 2-3% underestimated.
The elastic modulus E0,1,3 can also be determined from
the local deflection results within the constant moment
area as
, ,

∙

,

∙

∙
,

,

,

(8)

with dimensions defined in Figure 5 and Fi and wi are the
applied loads and corresponding local deflection within
the elastic range, respectively.
The mean elastic moduli in the fibre direction for the
spruce outer layers were thereby calculated for both
methods as
,

13,000

,
,

12,400

,

1,800 N/mm ,
1,100 /

.

The rolling shear modulus derived directly from the
measured shear strains γr,2 = γ(a/2, h/2) can be simply
evaluated as
,

,

, ,

,

,

(9)

Figure 9: Typical failure appearances of the bending shear
tests: a) Side view of the constant shear zone; b) Front view of
the interface failure appearance

with the approximated shear stresses calculated as

In order to determine the rolling shear properties of the
beech cross-layer, all other mechanical properties of the
layers in the element longitudinal direction must be
either known or reasonably estimated to a fairly precise
degree due to the computational sensitivity which
develops when the rolling shear modulus of the middle
layer approaches the longitudinal shear modulus of the
outer layers. As a starting point, a good approximation
for the modulus of elasticity parallel to the fibre of the
spruce outer layers E0,1,3 (where the indices 1 – 3 are
hereafter defined according to the layer numbers given in
Figure 5) can be obtained using the γ-method approach
and the averaged strain results as

A deflection-based evaluation for Gr,2 can be based on
the global midspan deflection measurement wglobal as
compared to the linear superposition of the pure moment
(wM) and pure shear (wV) deflection contributions

, ,

where

,

, ,
,

,

(3)

,
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,
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.
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Thereby, the effective shear stiffness (GA)eff can be
determined according to Equation (11). In a final step,
the rolling shear modulus Gr,2 can be calculated
according to
,

, ,

∙

∙

,
, , ⁄

,

(12)

when ɳEG=E0/G=16 is assumed (as is reasonable for
softwood outer layers) and the distance between the local
neutral axes of the outer layers is d=t2+t1,2.
The resulting mean rolling shear moduli then become
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419

,
,
,

,
,

349

,

250

,

57 N/mm ,
152 N/mm ,
101 N/mm ,

where the indices indicate the calculation method (strain
vs. deflection) and input parameters (E0,def vs. E0,strain),
respectively. The range of results again highlights the
extreme sensitivity of the determination of the rolling
shear modulus. Due, however, to the fact that the strain
gauges were placed on defect free, straight grained
locations, the resulting overestimation of the measured
stiffness characteristics for the cases of Gr,strain and
Gr,def,E0,strain leads to the conclusion that the most
appropriate rolling shear modulus of the beech layer is
,

,

,

350 N/mm .

,

The mean and characteristic rolling shear strength of the
beech layer can also be determined relatively accurately
according to Equation (10), where fv,r,2 = τr,2(Fu) as
3.30

, , ,
, , ,

0.37 N/mm ,

2.61 N/mm ,

respectively. As the failures were overwhelmingly
longitudinal shear failures in the spruce layers at the
beech-spruce interface, these values are not truly pure
rolling shear strengths but are taken as such since the
assumed characteristic longitudinal shear strength of
spruce according to EN 338 [16] of 3.5 N/mm2 is
significantly higher, suggesting an interface failure.

GLT is likewise 40 · 2 + 30 = 110 mm high with all
layers oriented lengthwise. In all cases, the spruce
laminations are considered as being of strength class
T14/C24 [17], [16], which is commonly used for CLTs
in Europe. Thereby, the relevant stiffness characteristics
become E0,mean,spruce= 11,000 N/mm2, Gmean,spruce = 690
N/mm2 and Gr,mean,spruce = 50 N/mm2 [1]. The
characteristic rolling shear strength of spruce is
considered here as fv,r,k,spruce = 0.9 N/mm2 as it is the
average of that given by current ETAs and the rolling
shear properties of beech are considered as those stated
above as Gr,2 and fv,r,2,05.
In a first comparison, the deflections of the referenced
build-ups are considered for three different loading
conditions – uniformly loaded cantilever, uniformly
loaded single-span beam, and a single-span beam loaded
at third points with concentrated loads. The resulting
deflections wglob are then normalized with respect to the
spruce GLT deflections wglob,spruce for the same loading
condition as wglob/wglob,spruce. The graphical results in
Figure 10 reveal that for realistic slenderness ratios in
construction of l/h > 10, the maximum deflections of a
spruce CLT are up to twice those of a hybrid CLT,
revealing the effect of the greatly reduced shear lag.
Furthermore, and of great importance for use of a
simplified analysis, the difference between the maximum
deflections of the hybrid CLT versus the homogeneous
spruce GLT becomes marginal. Hereby, a small
reduction factor could easily be applied to the second
moment of inertia I of the hybrid CLT in order to allow
for a simplified design according to a homogeneous
build-up.

5 OUTLOOK ON POTENTIAL OF
BEECH-SPRUCE HYBRID CLTPLATES
The significantly better rolling shear properties obtained
from tests of individual beech boards as well as from the
proof of concept beech-spruce hybrid CLT over those for
softwoods represent a large improvement to the typically
design-controlling properties of pure spruce CLTs. The
potential exists, therefore, not only for increased
mechanical performance of CLT elements but also a
simplified design method as opposed to the mechanically
strenuous process of calculation methods which take
shear lag into effect – typically with help of the γmethod, shear analogy method or finite element analysis.
When considering a 3-layered hybrid CLT element with
a build-up of 40 mm thick outer spruce layers and a 30
mm thick beech cross-layer (as tested here) and the
conservative rolling shear properties determined from
the bending shear tests of Gr,2 = 350 N/mm2 and
fv,r,2,05 = 2.6 N/mm2 for the beech cross-layer, it can be
shown that any shear-lag influence is rendered almost
negligible.
For the subsequent design exercises, three different
build-ups are considered – a three-layered beech-spruce
hybrid CLT, a three-layered all-spruce CLT as well as a
reference spruce glulam (GLT). The CLT build-ups are
composed of outer layers of 40 mm and a cross-layer of
30 mm with unglued narrow edges, whereby the spruce

Figure 10: Maximum deflection of the spruce and hybrid CLT
build-ups for three loading configurations dependent on
element slenderness ratio, normalized vs. the spruce GLT
build-up

A further comparison of the shear stresses experienced
by a hybrid CLT, spruce CLT and homogeneous section
under four-point flexural loading at quarter points was
performed, where the known (appropriate) calculation
methods for CLTs were utilized to calculate the shear
stresses over the element height z. The graphical results
given in Figure 11a for a constant shear load of
V = 25 kN reveal most notably the difference between
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the shear stress distribution in a spruce CLT versus the
hybrid CLT. The redistribution of stresses from the
middle layer of the spruce CLT to the outer layers due to
the shear lag is clearly evident, while the hybrid CLT
performs similarly to a classic homogeneous section
with shear stresses τ(z) calculated as
∙
∙

,

(13)

where Q(z) is the first moment of the area determined by
the distance z from the local to the element neutral axis.
When further comparing the results from a homogeneous
section with the results for the hybrid CLT based on the
range of standard CLT calculation methods, it can be
seen that the much simpler relationship given in
Equation (13) for a homogeneous section slightly overpredicts (conservatively) the maximum shear stresses.
Figure 11b further exemplifies the difference between
the spruce CLT and the hybrid CLT by depicting the
shear stresses over the element height at their respective
shear failure states. When considering fv,r,k,spruce =
0.9 N/mm2 and fv,r,k,beech = 2.6 N/mm2 as defined and
considered previously, the shear force capacity Vu is 2.4
times greater for the hybrid CLT as for the spruce CLT.
Further, the simplification of the homogeneous section
conservatively underestimates the shear force capacity of
the hybrid CLT by only 8%.

(a)

(b)

respectively 7 and 5 times increase over the
corresponding properties of the standardly used spruce
and fir. Additionally, though a slight difference in rolling
shear properties over the different sawing patterns was
seen, the influence of sawing pattern on the rolling shear
modulus was minimal. Hereby, the corresponding
difference in rolling shear strengths according to sawing
pattern pales in comparison with that documented for
softwoods and allows for the use of even low-grade
beech.
The subsequent proof of concept beech-spruce hybrid
CLT elements presented no issues during production and
the ensuing rolling shear tests based on the two testing
principles outlined in the new European standard for
CLTs further confirmed the superior rolling shear
properties of beech. The rolling shear modulus and
strength determined through bending (shear) tests,
respectively Gr,mean = 350 N/mm2 and fv,r,05 = 2.6 N/mm2,
are shown to allow for a greatly simplified design
approach for hybrid CLTs when compared with spruce
CLTs. By minimizing the shear-lag from the cross-layer,
the replacement of spruce with beech allows for the
fairly intensive γ, shear analogy and finite element
calculation methods to be replaced very accurately by a
rigid composite approach or further being calculated as a
homogeneous section with only small (maximally 8%
for the investigated case) differences in capacity.
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RESISTANCE OF BONDED JOINTS OF Eucalyptus sp. WITH
RESORCINOL-FORMALDEHYDE RESIN MODIFIED BY THE ADDITION
OF SILICA NANOPARTICLES (NANO-SiO4)
Joabel Raabe1, Tattiane Gomes Costa2, Fábio Akira Mori3, Gustavo Henrique
Denzin Tonoli4, Cláudio Henrique Soares Del Menezzi5

ABSTRACT: This study aimed to evaluate the mechanical performance of bonded joints of
Eucalyptus sp. and the characteristics of resorcinol-formaldehyde resin (RF) modified by the
addition of different amounts of silica nanoparticles (nano-SiO4). The resin was used to evaluate the
resorcinol-formaldehyde modified by the addition of different concentrations (1, 2, and 3 mass %)
of nano-SiO4 dispersed in an aqueous solution. We evaluated the adhesive properties, shear strength
tests in traction on the glue line of the bonded joints were made and the wood failure percentage for
the various adhesives was verified after the mechanical tests. The addition of nano-SiO4 (in
solution) was able to modify the resin properties (pH, viscosity and solids content) and improve
shear strength of the glue line.
KEY WORDS: Nano-silica, shear resistance, wood failure.

1 INTRODUCTION 123
The scarcity of natural resources increasingly
pronounced has led many industries to seek alternative
sources of raw materials. Warming up the forestry
industry, which has been providing several products and
feedstock alternatives to conventional products,
especially for wood composite components (panels MDF, MDP, OSB and plywood; CLT; Fiber-cement;
WPC, among others), which allow the use of wood in
small size range (e.g., fibers) and other advantages. Most
of these composites are manufactured from resin/
adhesive formaldehyde based, especially a resorcinol1
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formaldehyde (RF), widely used in structural
components for presenting high resistance and good
mechanical and physical properties. However, the main
disadvantage of this resin (RF) is centered on its high
cost [1] and high toxicity level due the constant emission
of formaldehyde. Companies nowadays are required to
produce wood components with low formaldehyde
emission, once the formaldehyde is classified as
carcinogenic to humans since 2006 (Group 1), by the
International Agency for Research on Cancer (IARC)
[2]. As a result, regulatory agencies in recent years have
been limiting the emission of formaldehyde for woodbased panels [3].
Modified resins from the application of nanotechnology
present new opportunities to improve their attributes and
minimize these disadvantages. The addition of
nanoparticle fillers into natural and synthetic resins to
improve adhesion between lignocellulosic components is
a strategy that has been researched to improve the
performance and reduce costs of the glue product. The
effects of nanoparticles on the structure and adhesive
properties indicate that they may be used for preparing
wood adhesives with high performance and
environmental friendly [4,5]. Moya et al. [6] found that
adding nanoclay (montmorillonite) in polyvinyl acetate
adhesive (PVAc) and urea formaldehyde (UF), improved
thermal stability of adhesive and shear strength of
bonded joints of Carapa guianensis timber. In another
study, Lin et al. [7] reported that the addition of nano-
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silica (nano-SiO2) to UF adhesive was beneficial for
improving the adhesive bond strength, and even reduce
the emission of free formaldehyde. The addition of silica
nanoparticles epoxy polymer (widely used as adhesive)
has improved its properties, without adversely affecting
the thermo-mechanical properties [8,9], suggesting that
this type of material can be used for modification and
improvement of the adhesive properties.
Thus, reducing the used amount of resin / adhesive,
through the addition of nanoparticles without affecting
the quality and properties of the formed product may be
an alternative to reduce the emission of harmful
formaldehyde human health. In this paper, the effect of
addition of different concentrations of silica
nanoparticles (nano-SiO4 - 1, 2 and 3 wt%), the chemical
and physical characteristics of resorcinol-formaldehyde
resin (RF) and on the mechanical properties of adhesive
bonded joints Eucalyptus sp. with said resin were
evaluated.

2 MATERIAL AND METHODS
2.1 MATERIALS
Eucalyptus sp. sheets, with basic density of 0.51 g.cm-3
and dimensions of 0.5 x 10 x 30 cm (thickness x width x
length); resorcinol-formaldehyde resin (RF) (CascophenRS-216); paraformaldehyde hardener (PH); and silica
nanoparticles (nano-SiO4), in aqueous solution
(BINDIZIL 78/900), with average size of 3 nm, solids
content 8.6% (w.v-1) and pH 9-11 (according to the
manufacturer).
2.2 PREPARATION AND CHACARTERIZATION
OF THE ADHESIVES
The preparation of the adhesive was carried out by
manual mixing of the resorcinol-formaldehyde (RF) and
paraformaldehyde hardener (PH) in the ratio of 4:1.
Then the mixture was modified by the addition of nanoSiO4, suspended in aqueous solution, at concentrations
of 1, 2 and 3% on the weight relationship of the mixture
(RF + PH), as described in Table 1.
Table 1. Mix-design of the components used to prepare the
adhesives used in the bonded joints.
Nano-SiO4 (wt%)

RF(g)

FM (g)

Nano-SiO4 (g)

Control

6.000

1.500

0.000

1

5.940

1.485

0.075

2

5.880

1.470

0.150

3

5.820

1.455

0.225

The control (unmodified) adhesive and those modified
with addition of different concentrations of nano-SiO2
were characterized regarding their pH, viscosity (V) and
solids content (SC).
2.2.1 pH

The pH was determined by the arithmetic average of
three direct readings for each type of adhesive (modified
and unmodified), using a pHmeter, at 25°C, by placing
the electrodes directly into a beaker containing 50 g of
adhesive.
2.2.2 Viscosity (V)
Viscosity (V) was determined using a "Ford Cup"
viscometer that infers the viscosity of the adhesive from
the measurement of the flow time of a determined
amount of adhesive through the hole of a reservoir (cup)
filled with the adhesive. The viscosity value was
obtained by Eq. (1).

V (cP ) = −18.88 + (6.33 × t )

(1)

where t = time flow of the adhesive by the hole of the
reservoir.
2.2.3 Solid content (SC)
To determine the adhesive solid content (SC), we
applied the procedure described by the ASTM D1582-60
[10]. They used approximately 1 g of each type of
adhesive (modified and unmodified) by repetition, ovendried for 24 h (103 ± 2°C) in order to obtain the solids
content relative to the initial mass of the adhesive, as
seen on Eq (2).

SC (%) =

dm
× 100
wm

(2)

where, dm = dry mass and wm = wet mass.
The viscosity (V) and the solids content (SC) for each
adhesive (modified and unmodified) were established by
the arithmetic mean of 5 replications.
2.3 PREPARATION AND EVALUATION OF THE
BONDED JOINTS
After cooling the boards to constant moisture (in mass),
they were separated into pairs for the preparation and
testing of the bonded joints according to ASTM D 2339
[11]. The weight of adhesive used for bonding the boards
was 250 g/m2 [12]. After the adhesive has been
adequately prepared, with the help of a spatula, it was
spread on one side (plate) wood, and then the plates were
overlapped to form a glued joint. Then, the joints were
cold-pressed with a hydraulic press under 12 kgf.cm-2
pressure for 24 h. Then, the joints were stored in a
climate chamber (20±2ºC and 65±3% relative humidity),
where they remained until reaching weight stabilization.
Thus, the samples were prepared according to
specifications outlined by Albino et al. [12] for
evaluation of the shear strength (Figure 1).
After storing the samples in a climate chamber until they
reach moisture hygroscopic equilibrium, the shear-bond
strength tests on tensile of the bonded joints were
performed according to a standard pneumatic testing
machine, of the Contenco-Pavitest Shear brand. For each
nanoparticle content (1, 2 and 3%) and control adhesive,
five test samples were used.
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Figure 1. Schematic of the sample according to ASTM D 2339
[11,12].

After the break, the quantification of the percentage of
failures in the wood was carried out by three people from
the area of science and wood technology, inspecting all
specimens. Evaluations of the percentage of failures in
the wood were judged according to the ASTM D-526613 [13] standard.
With assistance of the statistical software ASSISTAT
(version 7.7 beta), the results were interpreted with
analysis of variance, comparison of means by Duncan
test at 5% significance, except for wood failure rate data.

3 RESULTS AND DISCUSSION
3.1 CHARACTERISTICS OF THE MODIFIED
ADHESIVE
The knowledge of the physical and chemical properties
of wood adhesives is of prime importance to the success
of the bonded joints. Table 2 shows the adhesive
properties after the addition of different concentrations
(1, 2 and 3% by weight) of nano-SiO4.
Table 2. Average values and standard deviation (between
parenthesis) pH, viscosity (V) and solids content (SC) of the
resorcinol-formaldehyde adhesives with different modified
nano-SiO2 contents.
Nano-SiO4
(wt%)

pH

V (cP)

SC (%)

Control

8.02 (0.01) b

891 (18.7) a

70.6 (0.4) a

1

8.05 (0.01) ab

266 (5.0) b

58.8 (0.8) b

2

8.08 (0.02) a

192 (4.3) c

54.9 (1.0) c

3

8.06 (0.04) ab

155 (1.5) d

53.2 (0.5) d

Means followed by the same letter in the same column do not
differ by Duncan test at 5% significance level.

It was found that with the increase of nano-SiO4 content,
added to the adhesive, there was a drastic decrease in
viscosity and adhesive solids, with a statistical difference

between the average values for each nanoparticle
content. The pH showed no significant differences,
staying within the range of minimum and maximum (2.5
and 11, respectively), without imminent danger to
degradation of the wood fibres [14]. This can be
explained by the fact that nano-SiO4 particles are
dispersed in aqueous solution and have been added to the
adhesive in the same way they were acquired.
According to Ortega et al. [15], considering the solids
concentration and particle size distribution, the
suspensions viscosity has been related to the separation
distance between the particles that constitute them. The
more distant from each other are the particles, the easier
the relative motion between them, resulting therefore in
a lower viscosity. It is possible to note that the increase
of nano-SiO4 concentrations in the adhesive causes a
decrease in viscosity and solids content. This may be
elucidated by the addition of larger volumes of colloidal
solution of nano-SiO4 nanoparticles to achieve the
desired concentration of nanoparticles in the adhesive.
As the particles are suspended in solution, a larger
volume of solution was therefore added in the adhesive.
According to Iwakiri et al. [16] the ideal condition of
viscosity for resorcinol formaldehyde adhesive is 500800 cP. Marra [17] states that resorcinol adhesive is
manufactured in aqueous solution with solids content
between 60 and 65%; and the pH ranging from 7 to 9.
All adhesives that received the addition of nano-SiO4
showed viscosity (V) and solids content (SC) below the
cited authors [16, 17] recommended by the application in
the wood and the performance of the modified adhesive
not suffer significant impairment, when compared with
the unmodified adhesive.
Bray et al. [18] while evaluating the effect of adding
nano-silica for different concentrations in epoxy resin,
observed an increase in viscosity with increasing nanosilica concentration in the mixture. However, the basic
epoxy resin/curing agent mixture possessed a relatively
low initial viscosity and the increase in viscosity upon
addition of the higher concentrations of nano-silica was
not considered to be an important aspect for the purpose
of its study. On the other hand, adhesives with very high
viscosity hinders the spreading on the surface of the
wood in view of their low fluidity. Therefore, the low
viscosity of the adhesives modified in this study
facilitated the application and contributed to a good
scattering. Baldan [19] points out that the low viscosity
adhesive promotes greater interfacial resistance due to
their faster and improved penetration in the microvoids
and pores, contributing to a better mechanical adhesion
between the substrates and adhesive.
Several studies indicate that silica nanoparticles are able
to substantially enhance and modify the polymer
properties due to their small size, high surface energy
and unsaturated chemical bonds on the surface [20-24].
Such changes that occurred in the properties of the
modified adhesives in this study deserve to be better
investigated and detailed on future works in order to
verify more accurately which direct changes that were
caused by nano-SiO4 on the physicochemical
characteristics of resorcinol-formaldehyde adhesive.
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3.2 STRENGTH OF BONDED JOINTS
The beneficial effect of silica nanoparticles on the shear
strength of bonded joints of Eucalyptus sp. wood
indicates that silica nanoparticles may be added to
resorcinol
formaldehyde
adhesive
with
high
performance. As shown in Figure 2 the addition of nanoSiO4 improved the shear strength of the laminates in
comparison with control samples, but the 2% level led to
the highest improvement which was also significantly
different from 1 and 3% levels (Figure 2).

nanoparticles and the adhesive. Another aspect to be
considered is when higher concentrations of
nanoparticles are added to the adhesive (> 2% in this
case) they can behave as a physical barrier, hindering the
reaction of the nanoparticles with adhesive.
Ashori and Nourbakhsh [27] attribute the reduction to
the mechanical properties of composites made with the
addition of nanoparticles to their agglomeration. The
importance of dispersions and their effect on mechanical
properties of composites made with nanoparticles has
been discussed in research works [28, 29]. Resulting in
concentrations of local stresses and reducing the
interaction of silica nanoparticles with adhesive,
diminishing the surface area of contact between the
nanoparticles and the adhesive, and leading to formation
of agglomerates.
3.3 EVALUATION OF THE QUALITY OF GLUE
LINE
Exceeding the strength of wood is an essential
performance criterion, often more important than
measured shear strength [25]. Figure 3 shows the
average values of failure percentage in the wood after
the shear test of the specimens. Percentage of wood
failure is the amount of wood that fails according to the
percentage of area of remained bonded joint [25].

Figure 2. Maximum shear strength of bonded joints of
Eucalyptus sp. in dry condition. Means followed by the same
letter do not differ by Duncan test at 1% significance.

Although the values of the shear strength found for
bonded joints both of the control adhesive (unmodified)
and to those modified were lower than the expected.
According to Frihart and Hunt [25], the resistance to
shear glue line parallel to the grain should exceed the
wood's resistance to most adhesives; it is observed that
with the addition of 2% of nano-SiO4 led to a strength
gain of 77%, compared to the adhesive not modified.
One explanation for the strength being lower than
expected may be related to the type of adhesive used,
which according to Vital et al. [26], the resorcinol
adhesive base led to harder and brittle films.
There are reports in literature confirm that the addition
of silica nanoparticles in synthetic adhesive may increase
the mechanical resistance of panels. According to Lin et
al. [7], the addition of silica nanoparticles as
reinforcement in UF adhesive increases the adhesive
bonding strength. Note that the shear bond strength
increases considerably by the addition of 2% of
nanoparticles (added in solution), this being the optimum
point of addition of silica nanoparticles in adhesives. The
improvement of the mechanical properties of bonded
joints with the addition of nano-SiO4 can be attributed to
the greater extent of interaction with the resorcinolformaldehyde resin.
However, using concentrations over 2% of nano-SiO4
decreased the mechanical resistance of the glued joints
and this can be attributed to the fact that nanoparticles
are dispersed evenly at lower concentrations thus
increasing the attraction between the surface of the

Figure 3. Average and standard deviation values of wood
failure due to the interaction of wood with adhesives tested.

The control adhesive and those modified with 1 and 2%
nano-SiO4 (in solution) were able to interact with the
wood surface in a similar manner, with percentage
values very near wood failure, 63.3, 55 and 55.7,
respectively. When the nano-SiO4 content added to the
adhesive was increased to 3%, it was realized that the
interaction of the adhesive with the wood resulted in a
failure rate lower than the other adhesives and below
expectations. This may be related to very low viscosity
(155.39 cP) and low solids content (53.2%) presented by
this adhesive (Table 2) which compromised the adhesion
between the wood pieces.
High failure values in the wood are indicative of good
adhesion quality, as they show that the cohesion of the
adhesive and the strength of the adhesive-timber
interface are higher than the resistance of the wood itself
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[10]. According to ASTM D2559 [30] and D5771 [31]
standards, the samples tested must have at least 75% of
wood failure in cases of structural use and 60% in cases
of non-structural use of glued wood components. Soon
the adhesives, whose the addition of 1 and 2% of nanoSiO4 were able to provide very close results to the
minimum required by the standard for non-structural use.
The gradual addition of nano-SiO4 afforded a tendency
of decrease the failure rate in the timber, opposite result
to that found for the shear strength of the glue line of
bonded joints of wood up to 2% of nano-SiO4 added
(Figure 2). This phenomenon indicates that the
interaction between the modified adhesive and the
timber was impaired. On the other hand, it can be
suggested that there was a tendency of gradual increase
of adhesive strength with the addition of up to 2% of
nano-SiO4.
According to Marra [16], beyond the characteristics of
the adhesives, the glue line quality depends on variables
related to the environment of manufacture, of the
morphological structure of the wood, with the way the
wood was processed before forming the glued joint with
the part geometry, etc. Another aspect related to the
physical properties of wood that affect the quality of
gluing was found by Vital et al. [26], which state that
less dense woods present high porosity and allow greater
permeability to the adhesive, but are generally less
resistant to efforts.
Thus, other variables in the manufacture process and
aspects of the properties of wood deserve to be better
studied, such as temperature (minimum and maximum)
of the working environment, ideal bonding pressure,
humidity conditions (environment and wood), thickness
of the line of adhesive and surface quality of the wood
(which involves the anatomical and physical
characteristics of wood), since these factors may exert
direct influence on the quality and strength of bonded
joints with these studied adhesives.

4 CONCLUSIONS
The addition of nano-SiO4 (in solution) was able to
modify the resin properties (pH, viscosity and solids
content) with higher influence on the viscosity (V) and
solids content (SC), reducing from 891 cP to 151 cP and
70.6 to 53.2%, respectively.
The resistance to the glue line shear has improved in
77% (8.7 MPa) with the addition of 2% silica
nanoparticles to the resorcinol-formaldehyde resin,
compared to the same resin without addition of nanoSiO4 (4.91 MPa). The optimum point of addition of
silica nanoparticles is 2%, values above that lead to the
reduction of the mechanical strength of the bonded
joints.
Further investigations are needed to assess more deeply
the properties of the modified adhesive, as the chemical
and microstructure and the ability of silica nanoparticles
to retain emitted toxic gases due to RF adhesive. This
will help to increase the current adhesive performance,
which is increasingly used in its limit, and to meet the
expectations and requirements of a growing number of
end users.
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ABSTRACT: Understanding what makes a good wood adhesive is difficult since the type of adhesive, wood species,
bonding process, and resultant products vary considerably. Wood bonds are subjected to a variety of tests that reflect the
different product performance criteria in diverse countries. The most common tests involve some type of moisture
resistance; both wood and adhesive factors influence this moisture related failure. Models have been developed to explain
the adhesive performance. The proper microscopic and spectroscopic techniques can lead to a better understanding of the
failure mechanism so that improved adhesives can be designed and bonding processes can be optimized.
KEYWORDS: wood, adhesive, failure, microscopy, spectroscopy, moisture, epoxy

1 INTRODUCTION 123
Adhesives have been used for making bonded wood
products for millennia. However, for much of this time
bonding was limited to furniture and other interior
products. It has only been in the past century that wood
products, bonded with adhesives, have been used
structurally with partial or full exterior exposure. These
applications place much greater demand on the adhesive
and have required stronger and more durable bonds.
Like many product areas, wood bonding was a technology
application, long before it was studied as a scientific area.
The first publications on how adhesives bond wood
proposed either mechanical interlock [1] or specific
adhesion [2]. Marra presented an in-depth discussion of
wood adhesives and bonded wood products [3], with an
important new contribution being the consideration of the
adhesive bondline as being a series of links in a chain.
Although in reality the bondline is a continuum of
changes from the bulk wood on one side through the bulk
adhesive to the bulk wood on the other side of the bond,
the model is still useful for describing failure zones in the
bondline. The literature can be confusing on terminology,
and thus it is important to be clear on what the terms mean.
Adhesion is the force necessary to separate two materials
at their common interface. On the other hand, adhesive
strength involves the energy to break a bonded assembly
at its weakest point whether that is at the interface, or
elsewhere in the bondline or wood. While the interface is
defined as the discreet line separating the adhesive and
wood, the interphase involves the transition area between
the bulk property of a substrate and the substrate/adhesive
interface. Given the critical nature of understanding this
difference, we have illustrated this concept using a
1
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slightly modified version of Marra’s chain link model in
Figure 1, and a photograph of an actual bondline in Figure
2.

Figure 1
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As Marra noted, failure in wood bonding is seldom at the
interface once a good bond is formed [3]. It is true that
some wood surfaces are hard to wet for good bonding due
to surface inactivation, and extractive build up on the
surface [4]. Low density wood species are obviously
likely to fail in the wood. However, even strong wood
species can fail in the wood if the cured adhesive is very
strong. The wood interphase (bulk wood to interface
involving adhesive penetration of the wood) can be weak
due to crushing of the cells or other surface defects.
Although adhesive interphase failure is common, it is
often attributed to inter ace failure because it can be
difficult to detect a thin adhesive film on the failure
surface. An example is given later when discussing epoxy
bonding.
In any case, it is important to understand why some wood
bonds provide good service and others fail. Most testing
data only gives performance values, although some tests
require the use of ASTM D5266 to quantify the percent
wood failure [5a]. Though this method tries to specify
where failure occurs, it can be difficult to see some types
of failure and the method is only for laminated products.

2 TESTING OF WOOD BONDS
Bonded wood products need to meet many requirements
[3,4,6]. A few critical ones are listed here since they apply
to most bonded wood products. In general, the properties
of the adhesive cannot be determined separately from
those obtained in a bonded wood product, so most of the
adhesive tests are based upon the premise of testing the
bonded item to determine the adhesive strength
properties. However, there are several key factors that
must be kept in mind when examining the available data.
The first is that the data needs to be obtained on the wood
used in the final application. It is important to understand
the effect of wood variability when interpreting the data
since there is a wide variability between species and even
within species. While some of the adhesives have a
consistent formulation, many of those used for
commercial board production are tailored to be most
efficient for a particular mill’s equipment, operation and
wood source. There can even be seasonal changes due to
differences in temperature and humidity that can
influence adhesive performance.
2.1 CREEP
It is desirable that wood adhesives not distort (creep) over
time due to static loads on the product. The sagging of a
glulam beam or bookshelf is not acceptable because it
usually leads to the need for repair or replacement. Solid
wood itself creeps, especially under higher humidity and
temperature conditions, but it is worse when the adhesive
adds to this tendency. A new ASTM method D7966
involving new specimens and test apparatus addresses
wood swelling issues and excessive wood failure in the
ASTM D4680 standard meant for more moderate
conditions [5e,f].
Avoiding creep in bonded wood products requires that the
adhesive be a thermoset instead of a thermoplastic. By
definition thermoplastics can flow at elevated temperature

conditions without breaking covalent chemical bonds.
Thermosets involve polymers that are cured by heat or
added chemicals, including water for polyurethane and
isocyanate adhesives. These cured polymers can be rigid
or flexible, but in all cases return to their original shape
when the force is removed unless some covalent chemical
bonds are broken. Although creep is a controllable issue
with adhesives used in laminated products, it is still an
important issue with composites, such as particleboard
and fiberboard. In any case tests have been established for
either the adhesive in structural products [5b,c] or bonded
product in the case of composites [7e,f]. For composites,
the issue is more complex since the creep of the wood is
included as well as the spot adhesion of the adhesives. In
contrast to structural adhesives where no creep is allowed
for the adhesive, creep exists for composites and the
adhesive needs to minimize this. Better creep resistance
without the use of more adhesive is desirable and can lead
to higher performing bonded products.
2.2 HEAT RESISTANCE
Two types of heat conditions exist for bonded wood
products, ambient heat and fire. The ambient heat tests are
generally met by most thermoset adhesives. The ASTM
standard involves putting the specimen under a static load
and then subjecting the loaded specimen to heat [5e].
However the fire tests are a more complex issue. While
fire departments understand the risk of a roof or floor
collapse with solid wood, there is concern that bonded
wood structures may fail sooner. The problem is that an
adhesive may either thermally soften or chemically
degrade causing the member to lose its strength, leading
to structural collapse. In North America, the fire test
involves heating solid and bonded wood (side-matched)
up to the temperature where wood begins to lose its
strength, usually about 210 °C [5f]. Then the heated
bonded specimen is subjected to a compression shear test
and needs to retain about as much strength as does the
side-matched solid wood after heating. This test does not
sort out the mechanism of failure. ASTM 7998 [5e]
method provides for a hot test using an Automated
Bonding Evaluation System (ABES) that has been shown
to be able to separate adhesive thermal softening using
heating times of minutes from adhesive degradation using
heating times of hours [8]. Using the ABES test provides
useful information on why failure takes place, and allows
for designed improvement in the adhesive. In addition the
test is easy to run at different temperatures to elucidate the
temperatures at which the loss of strength is occurring,
especially given that the properties of adhesives in wood
bonds may be different than to the adhesive by itself.
2.3 MOISTURE
A key test for most bonded wood products involves
moisture resistance. Whether the test involves soaking
followed by a wet strength test, soaking and drying
followed by a dry strength test, a delamination test after
soaking and drying, boiling water exposure, thickness or
length swell tests after soaking for composites, all are
accelerated tests to substitute for long term exposure. The
accelerated tests assume that a few cycles of more extreme
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conditions can predict the failure resistance of a bondline
after many cycles of less drastic changes that would occur
in a fatigue test. There is some support for this with a
structural bonded wood product test [9,10]. Moisture is an
important issue for bondline delamination and care must
be taken that the wood being bonded is close in moisture
to what it experiences in its end-use environment to
minimize the effect of moisture changes [11].

3 WOOD AND ADHESIVES
3.1 WOOD SWELLING
Wood will change in all three orthogonal dimensions with
changes in moisture, but the changes are not even. For
example, the wood swells more tangentially than radially,
which swells more than longitudinally [12]. Furthermore,
swelling of the wood is greater as the wood density
increases. This not only means that some species swell
more because of their higher density, but also wood of
non-uniform density displays non-uniform swelling. This
can lead to uneven swelling between earlywood and
latewood, which can be hard for the adhesive to
accommodate.
3.2 ADHESIVE RESPONSE TO SWELLING
As wood swells and shrinks, adhesives do not follow with
the same volumetric expansion; thus, there is significant
strain between the wood and adhesive. Figure 3 illustrates
three cases: a) where the interfacial strain is not relieved,
b) where the adhesive modifies the wood to reduce the
interfacial strain, c) where the adhesive has enough
flexibility to reduce the interfacial strain. In case (a), bond
failure is most likely to occur with considerable changes
in the wood moisture content, while in cases (b) and (c),
the bondline is much more likely to stay intact. This
emphasizes that the adhesive interaction with the wood is
important for the strength of the bond under wet or
changing moisture conditions [13]. In addition one needs
to consider that different groups of adhesives may need to
perform different functions in order to form a moisture
durable bond.

explain adhesive failure using a common model. Based
upon the polymer morphology, interaction with wood
cells, and mechanical properties of the adhesive, wood
adhesives can be grouped as in-situ polymerized or prepolymerized [14].
3.2.1 In-situ polymerized
One group of adhesives consists of mainly monomers or
oligomers that polymerize during the bonding process
[14]. This can be done by adding a catalyst, co-reactant or
supplying some type of energy, usually heat. Catalysts
include latent acids for accelerating amino resin curing,
while co-reactant examples are formaldehyde to couple
resorcinol oligomers and water for reacting with
isocyanate and polyurethane adhesives [15]. Heating is a
necessity for compressing the wood into composite
boards and has been used for a long time in accelerating
the bonding of plywood [3]. Radio frequency curing
works in some cases, but is less prevalent.
Given the highly cross-linked nature of in-situ
polymerized wood adhesives and their rigid backbone,
these polymers will not withstand the strain induced by
wood swelling if they do not infiltrate and stabilize the
cell wall near the wood surface as in Figure 3, case (b).
The positive effect of the reduced swelling is illustrated
on a cellular level in Figure 4 [16]. In addition to reducing
strain, the in-situ polymerized adhesives being low in
molecular weight and good flow properties should also be
able to repair damaged wood surface cells that could form
a weak wood boundary layer [17].

Figure 4:

Figure 3

hesi e- oo strain mo el

The strain model necessitates that researchers understand
whether the adhesive being tested falls into class (a), (b),
or (c). Prior literature had not considered that there was
more than one class of adhesive; thus, they would try to

ect o

oo s elling on a hesi e strain

The in-situ polymerized adhesives are the most common
group of wood adhesives and include the phenolics and
amino resins [14]. These adhesives are not only rigid due
to very limited mobility in their backbones, but also due
to their high degree of cross-linking. These characteristics
rule out case (c) strain relief (Figure 3). However the low
molecular weight versions of these resins are known to
reduce the wood swelling and shrinking when the
moisture exposure changes [18]. This group of adhesives
also includes the isocyanates, such as polymeric diphenylmethane diisocyanate and epoxy resins. The isocyanates
provide good water resistance, while the epoxies do not as
discussed later in this paper.
3.2.2 Pre-polymerized
The other group of adhesives is polymerized prior to the
bonding process and therefore the molecules are too big
to infiltrate and stabilize the wood cell walls against
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swelling. Thus, these adhesives need to be flexible enough
so that the adhesive can absorb the strain when the wood
cell walls are swelling and shrinking. In contrast to the insitu polymerized adhesives, the pre-polymerized
adhesives have flexible backbones to allow chain
mobility. These are usually cross-linked to provide creep
and moisture resistance, but the cross-linking needs to be
low to avoid too much rigidity. Typical examples are
cross-linked poly(vinyl acetate) and polyurethanes.
Proteins, the first wood adhesives, also fall into this group.

severe [24]. The role of the primer was thought to be as a
coupling agent. However, Figure 2 shows that the epoxy
adhesive had a very good flow into the lumens, but this
was not sufficient to provide moisture durable bonds [25].
Surface coupling could not add significantly to bond
strength if there was only loss o adh sion upon wetting.
This is an important issue because loss of adhesion is
often used in the literature to rationalize poor adhesive
performance under wet conditions, but the surfaces are
usually not analyzed in any great detail.

3.3 LOCATION OF FAILURE

4.2 NORMAL VISUALI ATION

Because adhesives are used to hold two substrates
together under a variety of conditions, bond strength of
the bonded material is the most important factor. For
improving an adhesive, it is valuable to understand that
when the failure took place, where the failure is in the
bondline and why the failure occurred. Most wood
adhesives are strong enough to give failure deep in the
wood under dry conditions. Deep wood failure is easy to
determine, but shallow wood failure is more difficult to
determine [5a].
Failure within the bondline whether measured using a
shear test or a delamination test can be harder to evaluate.
The failure type is usually not determined after a
delamination test, except to measure the percent of the
bondline length where failure has occurred. This is
unfortunate because opening the bondline can allow for
determining if failure was due to poor cohesive strength,
starved bondline (over-penetration), lack of transfer to the
non-coated side, wood factors, etc. For improving
performance, it is recommended that delamination areas
be opened up so the failure can be better understood using
the techniques discussed below and in Marra [3].
If a shear test is used, the failure surfaces are visible. In
fact, some test methods require the use of a method for
quantifying percent wood failure, such as ASTM D5266
[5]. This method also calls for distinguishing between
deep and shallow wood failure, but the latter can be
difficult to apply in some situations in that the contrast
between the wood and adhesive may not be that large.
Trained analyst can distinguish the subtle difference, but
untrained people are much less consistent. Distinguishing
a few layers of wood fibers/tracheids on the failed surface
my require techniques that enhance visibility, such as
fluorescence combined with microscopy (as will be
discussed below). Additional methods have been tried
[19,20], but none have been well accepted. However,
additional methods can be used to understand failure as
illustrated using epoxy failure situation below.

The first stage is to use the unaided eye to see where
failure is taking place, such as ASTM D5266 [5a].
Although this method is good for determining deep wood
failure, it becomes more subjective for failure within the
bondline. The images in Figure 5 show what looks like
adhesion failure for the epoxy adhesive given the wood
like texture on both the adhesive side of the bond and on
the wood side of the bond.

4 FAILURE ANALYSIS
4.1 EPOXY BONDED WOOD EXAMPLE
Although it had been known for a long time that epoxies
are not very durable adhesives for wood bonding, there
has not been a good explanation as to where and why these
bonds fail. Epoxies provide durable bonds to many
substrates including metals and concrete, but it has been
demonstrated that a variety of epoxy adhesives do not give
bonds of limited moisture durability [21,22], except when
a primer is used [23] or the change in moisture is less

Figure 5: ur aces rom compressi e shear test a ter ater
soaking ith the a hesi e sur ace on the right an oo sur ace
on the le t

4.3 ADDITIONAL MICROSCOPY
However, we decided to go beyond the normal failure
examination. Microscopy allows for selection of specific
spots for more detailed observations of the different
failure locations; this process can be enhanced by using
various light sources at different orientations to the
surface. Careful selection of locations for further
examination and going stepwise in increasing the
magnification reduces false interpretation of the general
failure mechanism by selecting an unrepresentative
location.
Adding fluorescent dyes/pigments or suppressing the
fluorescence of lignin in the wood can be very helpful in
distinguishing the adhesive from the wood compared to
normal light wavelengths. An area of concern is the
migration of a dye on its own rather than as part of the
adhesive; this can be mitigated by chemically attaching
the dye to the adhesive. In some cases using very fine,
well-dispersed pigments can help overcome the problem
of selective migration of added dyes into the wood cell
walls.
The fluorescence of the epoxy used in Figures 2 and 5 can
be used to study the failure location after the compressive
shear test. Even without any magnification, what looks
like a wood surface in Figure 5, shows traces of epoxy
florescence under a standard ultraviolet light. The higher
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magnification of a failure surface shows in the center
portion of Figure 6, a portion that is normally considered
to be adhesion failure, actually has a thin layer of epoxy
on the wood surface. The failure from the wood swelling
causes the texture of the epoxy to be oriented with the
wood grain and not perpendicular to the grain, which is
what would be expected for failure induced by the applied
tensile load on the bondline. At the sides are thicker epoxy
layers, and again the failure is more parallel to the grain
rather than perpendicular.
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Figure 7:
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Figure 6: lorescent microscopy magni ication o
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ailure

Greater magnification of the failed bond surface by using
scanning electron microscopy (SEM) can add additional
understanding of bond failure location. Again, this
technique needs to be applied to representative portions of
the wood surface as well as comparing an adhesive coated
surface to a sample of the wood itself. It is also helpful to
have an unbonded wood surface to use for comparison
because there is no color contrast. It is valuable to look for
cells filled with adhesive and failure that is more adhesive
like than wood like. The SEM can add supporting
information, but it is unwise to use it as the main tool.
Atomic force microscopy (AFM) has been used for
examining adhesive failure because it can examine both
the physical response of the surface as well as the
topography. The normal roughness of a wood surface is
larger than AFM tip, however making the analysis
difficult. In addition, caution needs to be used as these
surfaces need to be representative of the main failure
location.
4.4 SPECTROSCOPY
A number of spectroscopic techniques can be applied to
examine bond failure surfaces. One readily available
method is Fourier transform infrared spectroscopy (FTIR)
that can be applied using attenuated total reflectance and
diffuse reflectance to look for functional group
differences between the adhesive and the wood on the
failed surface. As the example for the epoxy adhesive
shows in Figure 7, both sides of the failure surfaces
resemble more the epoxy FTIR spectrum than they do the
spectrum of the planed wood surface. Thus, using both
sampling methods for the FTIR supports that the failure is
in the epoxy and not an adhesion failure.

on line,

X-ray photoelectron spectroscopy (XPS) can provide
information on the oxidation states of the different surface
atoms. However, like any small scale surface analysis
great care needs to be exercised to avoid contamination,
and the area examined needs to be representative of the
whole. Again, we are using the epoxy adhesives as an
example of this method’s utility. Figure 8 shows the XPS
spectra for both the wood and epoxy sides of the failed
bondline adhesive which resemble more the epoxy
spectrum than the wood one. This again gives additional
data to confirm that it is not adhesion failure, but failure
in the epoxy interphase near the wood surface.

Figure 8:
o oo si e an epo y si e o aile
along ith control oo an epo y samples

on line,

EPOXY FAILURE AND ROLE OF
PRIMER
From all the available evidence, the failure of the epoxy
bonded wood laminates seems to be in the epoxy
interphase. This fits with Case (a) in Figure 3 and the left
hand image in Figure 4. Additional data involve the fact
that epoxies have less delamination to wood that swells
less [26]. Although the amine curing agent of the two
component epoxy should infiltrate the cell walls given its
polar nature and its low molecular weight, the epoxy is
less polar making it less likely to infiltrate the cell wall.
The epoxy and amine would need to find each other in the
cell wall and react to provide any stabilization of the cell
wall. There are flexible epoxies, but these are modified for
impact resistance, not as much for providing some
ductility.
The ability of polyethyleneamine and HMR to provide
durable epoxy bonds [9,23] led to the proposal that they
are stabilizing the wood surface [13]. Despite HMR being
an excellent primer, the mechanism for providing strength
is still not well understood. The HMR has been shown to
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work well on a number of wood species and several types
of adhesives [27]. However, wood surfaces are not
understood well enough to be sure of any definite
mechanism for HMR [28].

CONCLUSIONS
Understanding why wood bonds fail involves a detailed
knowledge of adhesive-wood interactions and detailed
information on where failure takes place by using a
variety of microscopic and spectroscopic techniques.
Although deep wood failure is relatively easy to
determine, and bulk adhesive failure can be determined by
the unaided eye, failure in the interphase regions of the
bondline are more difficult.

ACKNOWLEDGEMENT
The authors greatly appreciate the guidance that they have
received from Al Christiansen and Daniel Yelle.

REFERENCES

[1] McBain, J. W. and Hopkins, D. G.: On adhesives and
adhesive action.
hys Chem 29:188–204, 1925.
[2] Browne, F.L. and Brouse. D.: Nature of adhesion
between glue and wood. n an Chem
ng
21(1):80–84, 1929.
[3] Marra, A. A.: echnology o
oo
on ing
rinciples in ractice Van Nostrand Reinhold. New
York, 1992
[4] Frihart, C. R. and C. G. Hunt.: Adhesives with wood
materials: bond formation and performance. In:
oo an ook oo as an ngineering aterial,
chap. 10. Madison, WI: U.S. Department of
Agriculture, Forest Service, Forest Products
Laboratory. 2010.
[5] ASTM. Annual book of ASTM standards, Vol. 15.06
Adhesives. West Conshohocken, PA: ASTM
International. 2015.
a. D5266 – 13, Standard Practice for
Estimating the Percentage of Wood Failure
in Adhesive Bonded Joints
b. D7966-14, Standard Test Method for
Resistance to Creep of Adhesives in Static
Shear by Compression Loading (Wood-toWood)
c. D4680-98, Standard Test Method for Creep
and Time to Failure of Adhesives in Static
Shear by Compression Loading (Wood-toWood)
d. D7247 − 07a, Standard Test Method for
Evaluating the Shear Strength of Adhesive
Bonds in Laminated Wood Products at
Elevated Temperatures
e. D3535-07a Standard Test Method for
Resistance to Creep Under Static Loading
for Structural Wood Laminating Adhesives
Used Under Exterior Conditions.
f. D7966 - 14 Standard Test Method for
Resistance to Creep of Adhesives in Static
Shear by Compression Loading (Wood-toWood).

[6] River, B. H.: Fracture of adhesively-bonded wood
joints. an ook o
hesi e echnology (2nd ed.),
ed. A. Pizzi, and K. L. Mittal, Marcel Dekker New
York, pages 325-350. 1994.
[7] Composite Panel Association, Leesburg, VA. 2009
a. ANSI A208.1-2009 Particleboard
b. ANSI A208.2-2009 Medium Density
Fiberboard (MDF) for Interior Applications
[8] O'Dell, J. L., Hunt C. G., Frihart, C. R.: High
temperature performance of soy-based adhesives.
o
hes ci an ech. 27: 2027-2042, 2013,
[9] Caster, D.: Correlation Between Exterior Exposure
and Automatic boil Test Results. In: Proc. of the 1980
Symposium on Wood Adhesives: Research,
Application and Needs, USDA Forest Service, Forest
Products Lab., Madison, WI, pages 179–188, 1980.
[10] Okkonen, E. A., River, B. H. Outdoor aging of woodbased panels and correlation with laboratory aging. 2,
For. Prod. J., 3:68-74, 1996.
[11] River, B. H., Vick C. B. and Gillespie R. H.: Wood
as an adherend. In: Treatise on Adhesion and
Adhesives, J. D. Minford (Ed.), Vol. 7, Marcel
Dekker, New York, pages 1–230. 1991.
[12] Skaar, C.: oo – ater Relations. Springer-Verlag,
Berlin, 1988.
[13] Frihart, C. R.: Adhesive bonding and performance
testing of bonded wood products
o
nternat , 2 (7) 455-466, 2005.
[14] Frihart CR. Adhesive groups and how they relate to
the durability of bonded wood, o
hesion ci
an ech 23: 601-617, 2009.
[15] Pizzi, A. and Mittal, K. L. (Eds), Handbook of
Adhesive Technology, 2nd edn, Marcel Dekker, New
York, NY, 2003.
[16] Frihart C. R.: Wood structure and adhesive strength.
In: Characterization of the Cellulosic Cell Wall, D.
D. Stokke and L. H. Groom, ed., Blackwell
Publishing, Ames, IA, pages 241-253, 2006.
[17] Frihart, C. R.: How wood adhesives work and where
are the areas for improvement, Proceedings of the
International Conference on Wood Adhesives 2013,
October, Toronto, Ontario, Canada, pp. 50-63,2014
[18] Hill, : Wood Modification: Chemical, Thermal, and
Other Processes, John Wiley & Sons, Ltd.
Chichester, West Sussex, England, 2006,
[19] Scott, C. T, Hernandez, R., Frihart, C., Gleisner, R.,
and Tice, T.: Method for quantifying percentage
wood failure in block-shear specimens by a laser
scanning profilometer.
o
nternat , 2(8):
517-526, 2005.
[20] Künniger, T: A semi-automatic method to determine
the wood failure percentage on shear test specimens,
ol als Roh-un
erkst, 66: 229-232 , 2008
[21] W. Z. Olson and R. F. Blomquist, orest ro
12(2): 74-80, 1962.
[22] P. Lavisci, S. Berti, B. Pizzo, P. Triboulot and R.
Zanuttini, ol als Roh-un
erksto 59,:153-156
2001.
[23] C. B. Vick, Richter, K., River, B. H. and Fried A. R.
Jr: Hydroxymethylated resorcinol coupling agent for
enhanced durability of bisphenol A epoxy bonds to
Sitka spruce. oo i er ci. 27(1), 2-12, 1995.

WCTE 2016 e-book | 1136

[24] Avent, R. R., Issa, R. R. A., and Baylot, J. T.:
Weathering effects on epoxy-repaired timber
structures. In: Structural Use of Wood in Adverse
Environments, R.W. Meyer and R. M. Kellogg (Eds),
Chapter 15. Von Nostrand Reinhold, New York, NY
(1982).
[25] Frihart C. R. Are Epoxy–Wood Bonds Durable
Enough?, Wood Adhesives 2005, San Diego, CA,
pages 241-246, 2006.
[26] Frihart, C. R., Yelle, D. J., Wiedenhoeft, A. C., What
does moisture-related durability of wood bonds
mean?, Final Workshop in COST 34 on Bonding of
Timber, May 6-7, Sopron, Hungary, pages 89-101,
2008.
[27] Gardner, D. J. C. E. Frazier and A. W. Christiansen,
Characteristics of the Wood Adhesion Bonding
Mechanism Using Hydroxymethyl Resorcinol, in:
Proc. of the Wood Adhesives 2005 Conf., San Diego,
CA, pp. 93–98 (2006).
[28] D. J. Gardner, M. Blumentritt, L. Wang and N.
Yildirim, Adhesion Theories in Wood Adhesive
Bonding: A Critical Review, Rev. Adhesion
Adhesives,2(2):127-172, 2014.

WCTE 2016 e-book | 1137

FAST CURING ADHESIVE IN WOODEN PANEL CONSTRUCTION
St han Ko h1, Pa lo Guindos2, Gr or Wisn r3, Andr as ill ss n4,
Fa ian Fis h r , Maria Brod l
ABSTRACT: A new kind of rapid bonding technology for wooden panel construction was developed. Wooden panel
construction is used in the industry for prefabricated houses, which builds walls and ceilings on the base of large
substructures of wood panel constructions for lightweight and easy deliverable substructures. The most common joints
nowadays are stapled or nailed, the panel materials vary from particleboards and OSB-panels to cement-bonded
particleboards (on the outside), all joined to timber frames. The new developed fast curing bonding technology offers
specific economical and technical advantages by using hot melt adhesive tape. For assembly of the wooden panels the tape is
simply clamped between the wooden parts at ambient temperature, there is not tacky. Then the adhesive is activated by
conductive resistive electrical heating within only one minute. It was tested with OSB-panels and cement-bonded
particleboards (for the outside), all joined to timber frames.
KEYWORDS: conductive heating, Co-Polyamide, hotmelt, prefab house, woodbased, wood panel bonding

1 INTRODUCTION 123
The aim of the research project was the development of a
new method for fast bonding in wooden panel
construction, which is today the predominant construction
method for prefabricated houses. With wooden panel
construction, the load-bearing structure of a house is
formed using individual wooden panel elements based on a
modular design. Wall and ceiling modules, which are
large-scale but which can still be easily transported via
truck, are produced in the factory regardless of outside
weather conditions and can subsequently be swiftly
assembled at the building site to form a complete building
shell.
The construction of prefabricated panels consists of a
frame work of ribs (solid soft wood) and is planked on
both sides with manufactured boards such as particle
boards, OSB or cement-bound particle boards (on the
exterior). Panels for modular homes are fully equipped
with windows, doors, insulation material and all kinds of
installation for ventilation, electric power and plumber
work where necessary [1, 2]. To avoid the negative effect
of noise intrusion, which is common in the case of light
constructions made of ribs and planks, there are different
strategies to add a certain amount of mass for gaining a
cushioning effect on sounds.
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Exterior faces of panels often consist of cement-bound
particle boards (about 30 mass-% cement in the
compound), and in most cases they are spray-plastered for
increased resistance against weathering of the envelope.
On the inside of the building the panels are often equipped
with plasterboards as sheets of drywall which are usually
stapled on the particle boards, see Figure 1.

Figure 1: anel pre a rication Ran ek

Che-

Until now, the materials have generally been assembled
using nails or clamps; bonding techniques are considered
laborious by comparison. In this research project, a method
was developed which makes the use of adhesives in
wooden panel construction much simpler, and which
breaks completely new ground in application, activation
and curing.
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2 MATERIALS AND EXPERIMENTS
At the beginning of the project, principally-suitable
adhesives and testing methods for application in
loadbearing wooden construction were discussed,
adhesives were sampled, bonding tests were carried out
and the entire structural behaviour was evaluated in
accordance with various testing procedures.
The aim of this research project was to use a new method
for application of an adhesive tape between the members of
the wood panel (timber and panels) which can be easily
activated by electrical energy. The adhesive tape consists
of a thin metal carrier strip coated with a reactive hotmelt
adhesive (Figure 2).

Figure 2: lectrical heata le a hesi e tape ith metal carrier
an hotmelt a hesi e

By conductive resistive heating the metal carrier with
electric currents of about 70 to 220 A (depends on metal
carrier of typically 0.1 mm thickness and different band
width) the hotmelt adhesive melts within a few seconds
and wets the wood as substrates of the joint. Activating the
hotmelt adhesive directly in the joint is highly efficient
considering the low thermal conductivity of wood.
Conductive resistive heating in terms of the project
requires temperatures up to a maximum of 200 °C. Above
this level, the wood starts to carbonize and degrades the
adhesive bond. A secure temperature control has to be
established when applying high currents on thin sheet
metal between wood substrates. Keeping control of the
temperature is mandatory, not only for the safety of the
process but also for controlling the active heating. In
general, the process of conductive resistive heating of the
hotmelt adhesive tapes is sketched in Fig. 3 and can be
divided into three phases.

level should be kept constant for best wetting of the
wooden substrates. Maintaining the holding temperature
needs a lower current. For most adhesives mentioned in the
project the temperature is in the region of 150 °C and up to
180 °C. After switching off the power supply, the third
phase begins with cooling down and ends at ambient
temperature or by definition. If it is intended to move a
bonded panel further in the production process, there
should be consent about an elevated temperature, where the
fixation can be released without any harm to the panel. In
the case of the co-polyamide hotmelt, this limit was set at
80 °C. At this temperature the hotmelt was seen as rigid
enough to keep the parts in shape.
The applied currents depend on the type of metal and the
geometry of the metal tape or strip and were conducted in
most experiments in the region of 50 A/mm² for a heating
rate of 10 to 20 K/s for safety reasons. The electric current
was always applied at two different levels. The first level is
for fast heating from ambient temperature to the optimal
hotmelt temperature for melting and wetting the wooden
substrates. When nearly reaching this temperature, the
equipment must switch to a lower current level with just
enough energy to hold the temperature nearly constant. The
time for holding this high temperature level depends
mainly on the kind and amount of adhesive, the substrates
warmth capacity and other process circumstances. In some
experiments on joints of true scale panels, the time of fast
heating and holding the temperature could be lower than
one minute of active heating by achieving sufficient bond
strength. An additional holding time at the elevated level
can improve the bond and add some product reliability. It
is recommended that all users of the new method should
experiment with their material combination and optimize
the process on their own.
Different metal strips were chosen for experimental heating
in different configurations to find parameters useful for
further testing with adhesive coatings. The range of metals
and alloys did not cover conventional heating conductor
materials because of the desired geometries of the adhesive
strips. The application on wooden panels sets the boundary
conditions of very thin sheet metal with narrow width and
great length, while conventional heating equipment often
comes as a compact geometry with much less extreme
dimensions in length to thickness. Therefore the classic
conducting metals and alloys were of more interest,
starting with copper and aluminum via brass (red brass and
yellow brass) to steel (stainless or low carbon steel).

Figure 3: rocess o characteristic electric current an
resulting temperature isplaye o er time in three phases

The first phase is the fast heating phase to apply the highest
available electric current for the shortest period of reaching
the optimal melting and wetting temperature of the
adhesive. In the second phase, the achieved temperature

Figure 4: a hesi e coating on rass strip o
mm thickness

mm i th an
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The purpose of the carrier tape is to be coated with
adhesive layers for a range of specific joint thicknesses. To
ensure a sufficient thickness of the adhesive, the carrier
tape should be thin and the coatings (on both sides of the
sheet metal) as thick as possible. Very thin sheet metal also
has disadvantages. Depending on the metal or alloy it
might be difficult to manufacture (cold rolling to very low
thickness) on the one hand, and the thin material might not
carry enough current to heat the tape without burning on
the other hand. So, with respect to the process reliability,
the thickness of the metal strip should not be too thin. In
the experiments, most metal sheets were chosen in the
region of 0.1 mm, and this provided a good compromise
between stable process and fast heating. For copper and
aluminum, the specific resistances are much too low, even
in the longest possible tape with a length of about 10 m.
For this, the dimensions of possible tapes should be chosen
to be very thin (below 0.05 mm and a reasonable width of
about 50 mm). This might result in unstable conditions and
the danger of easily burning the tape when applying the
high current.
To give an idea of heating the metals and alloys to a
desired temperature of 180 °C within a short time and to
investigate the uniformity of temperature distribution on
the whole area of the tape or strip, some experiments were
conducted with uncoated metal strips and without wood or
other material coverings. Two different methods of
measuring the temperature were applied, a point-to-point
measurement with thermocouples as well as scanning of
the whole tape with an infrared camera (IR camera). As a
result, all metal sheets gave a good homogeneous
temperature distribution on the area. When looking on
perforated materials, there are different results with wire
meshes and expanded metal sheets. The latter exhibited
similar distributions to non-perforated sheet metal, but
different wire meshes tended to carry the current nonuniformly due to the random distribution of contact points
in the meshes. In further experiments with adhesively
coated meshes clamped between beech wood, the meshed
tapes tended to build single hot spots which heavily
carbonized the wood locally, leaving most of the area cold
by concentrating the current in the hot spot.
Tapelaying on the usually geometrical simple linear
members of the panels is another ideal prerequisite for
application on long and narrow joints. At both ends of the
joint the adhesive tape stands out about 20 mm for
applying electrical contact for the heating process. In
general two different tape widths are required in the wood
panel construction, see Figure 5.
A broad strip of about 50 mm for the joining of timber to
particle boards and a narrow strip of only 15 mm for the
butt joints of particle boards are suitable in the
constructions. The latter joint is traditionally realized only
as nailing the outer boundaries of the boards on a timber
ground. An adhesive bonding on the butt joints could use
the full surface of the plate’s edges and even joints without
a timber ground (flying joint) would be possible. These
joints would give more freedom in the design and could
save costs by reducing offcuts.

Figure 5: e con ucti e heata le a hesi e tapes in i erent
joints ithin the panel, the narro hatche tape is or on ing
the utt joints o oar s to each other

In order to initially examine the suitability of different
hotmelt adhesives for the wood bonding in comparison to
the requirements for load-bearing bonding (EN 301),
different adhesives were considered for testing, see
Table 1.
Table 1: Examined Adhesives

Adhesive Type

Application
Temperature
1C PUR hotmelt no. 1
160 °C
1C PUR hotmelt no. 2
150 °C
reactive PUR-dispersion
150 °C
PUR film adhesive with IPDI
150 °C
co-polyamid hotmelt with
180 °C
isocyanate – (powder
adhesive)
Two moisture-curable PUR hotmelts, a reactive PUR
dispersion, a thermally curing hotmelt crosslinked by IPDI
(Isophorone diisocyanate) and a Co-polyamide hotmelt
with a small amount of curing agents were tested on beech
wood. The influence of the adhesive layer thickness on the
strength was also investigated for all the adhesives except
for the PUR dispersion. Table 1 shows an overview of the
initial adhesives and the curing temperatures for
application. Considering the relevant standards for
adhesively bonded load bearing structures build of wood
different characteristics had to be look at. In addition,
boiling water storage tests were also carried out with the
specimens for different layer thicknesses in accordance
with EN 302-1 A4 before the analyses, in order to
determine the durability of the adhesion in a very short
time. A microscopic analysis of the penetration behaviour
and the wetting of the wood joint parts with the adhesives
showed that many of the hotmelt types penetrate the wood
very poorly, which explains the frequently observed
adhesion failure of the adhesives. The strengths depend
also on the layer thickness of the bonds and drop
significantly when the joints are over 1 mm. In case of
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wood as a naturally growing material, measurement
tolerances must be taken into account resulting from the
different adhesive joint thicknesses. The new adhesive
strips therefore require a sufficiently thick adhesive layer
to make sure that cracks can be bridged. The structure of
the metal carrier in the form of perforated or expanded
metal can further support this ability to span cracks and
compensate the drop in strength in thick adhesive joints by
pressing into the wood surface, see Figure 6.

Figure 7: n ustrial po er application cham er or precoating metal carriers ith po er co-polyami e a hesi e a ,
po er spraying han gun application o co-polyami e
hotmelt po er in the cham er

Appropriate combinations were processed to form adhesive
tapes which were bonded to wood and wood-based panels.
It became apparent that one class of adhesives essentially
fulfilled most of the requirements of the new adhesive tape
system, namely co-polyamide hotmelt adhesives as postcurable hotmelts. These adhesives demonstrate excellent
adhesion on wood and wood based materials and even
durability in boiling water.

3 Adh si
ondin o narro
t
n lan in oards
Figure 6:

hesi e-coate e pan e metal sheet

In addition, the quick-heating behaviour of various metal
foils, perforated films and textile-technology-produced
tapes from wire material was examined. After some pretrials metal sheets of copper and aluminium were not
further considered after conducting the experiments. Steel
and brass in the thickness of about 0.1 mm were judged as
promising for further applications.
The metal sheets or expanded metal strips were determined
as a carrier for usage as adhesive tape, and a coating
process had to be considered. Considering the form of
delivery and the stable storage conditions after coating in
general two types of adhesives were advantageous. On the
one hand, a polymer film could be easily laminated to a
metal carrier at elevated temperatures (for example at
60 °C with one particular latent reactive adhesive which
will be described later). In the ideal case there would be no
special protection at all against moisture for the
manufactured tapes. On the other hand, a fine powder
hotmelt could easily be applied by the powder spray
technology. This kind of application is well known in parts
of the coating industry for its very high quality lacquers
and coatings. For safety reasons, all powder applications
are conducted in powder application chambers (see Fig. 7
(a) and (b)) to guarantee an air intake into the chamber for
completely filtering the air. After spraying at ambient
temperatures with the powder lacquer, the sprayed part has
to be moved out of the powder chamber to an oven where
the thermoplastic material melts and wets the surface.
Some powder lacquers come also with hot set reactions for
higher cross-linking of the coating.

utt joints

In general, there are two different joints in panels for
prefab modular houses, the planking on timber ribs and the
narrow butt joints in between the planking boards, see
Fig. 1. Particle boards, OSB and cement-bound particle
boards of 15 mm to 22 mm thickness are in use. These
narrow joints can be adhesively bonded with narrow cut
conductive resistive adhesive hotmelt strips of almost the
same width. The cut faces of particle boards or even OSB
are much rougher than sawn cut faces of beech wood or
timber; therefore, an adequate amount of adhesive should
be coated to the conductive bonding tapes. Experiments on
particle boards and OSB started with short specimens of
about 460 mm length to obtain the main parameters for
conductive heating. Conductive adhesive tapes on brass
and steel sheet in 0.1 mm thickness were used initially, see
Figure 8.

Figure 8: hesi ely on e
coate rass strips o
mm

utt joint ith hotmelt
mm
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The adhesive tapes with the co-polyamide hotmelt were
manufactured with different amounts of coatings and a
variety of 80 g/m² to 260 g/m² on each side of the sheets
was tested. The amount of 260 g/m² on each side gave the
best results on both types of boards when tested dry.
Experiments started with tensile tests with cut strips of
50 mm width. Later, a block shear test configuration was
favoured because of a greater relevance of shear loads in
the flying butt joints of modular panels. Blocks of 50 mm x
100 mm were tested in a shear frame, Figure 9.

a thin, film-like and finely-perforated expanded metal,
shown in Figure 6.
Via the holes in the expanded metal, a direct wood-wood
bonding is possible, without an interfering metal layer in
between which would reduce the bonding strength. So
there is an excellent adhesion on wood and woodbased
materials of the co-polyamide hotmelt adhesives possible.
And also after storage test in boiled water according to
DIN EN 301 there is failure inside the woodbased
adherend, as shown in Figure 10.

Figure 9: lock shear test con iguration

Bond strengths in the region of uncut board strengths were
achieved in the tensile tests when treated under dry
conditions. Adhesively bonded OSB specimens of 22 mm
thickness were all tested in the region of 20 N/mm² which
was also determined with uncut strips of the OSB board.
The same tests were conducted with particle boards of the
same size. All specimens failed in the board and not in the
adhesive bond when tested dry. The achieved strengths
were all between 13 to 16 N/mm² compared to uncut
boards in the region of 16 N/mm².
Expanded metal steel sheets later gave the best results with
an adhesive coating of about 400 g/m² on each side, and
those tapes also achieved sufficient strengths when stored
in boiling water according to EN 302-1, treatment A4, see
Table 2.

Figure 10: racture sur aces o
test

ollo ing lock shear

For assembly of the wooden panels, these innovative
adhesive tapes are simply clamped between the wooden
parts at ambient temperature. The ends of the tapes
protrude by about 20 mm from the joint and serve the
electrical contacting of the tapes, shown in Figure 11.

Table 2: Narrow butt joint block shear test results

Type of
expanded
metal sheet
steel
aluminium
steel
no joint

Hotmelt
coating on
each side
80 g/m²
450 g/m²
400 g/m²
-

A1
N/mm²

A4
N/mm²

3.85
9.50
8.10
7.35

0.36
2.85
3.46
2.46

In other bonding series, the length of the adhesive joints
was increased to almost 3 m by means of cold pressing on
the joints with screw clamps, a clamp every 300 mm. This
proved to be fully sufficient in other test series to find out a
minimum of compression for a good bond with the new
method, and the compressive strength of wood or wooden
materials like particle boards should not be exceeded.
The adhesive is thereby not applied in liquid form to the
wooden substrate but as a semi-finished product, produced
by an adhesive manufacturer, on an adhesive tape carrier –

Figure 11: lectrical contact at on e panel joints

Using an electrical source (similar to a mobile welding
power source for arc welding or for induction heating), the
tapes are heated extremely quickly to the meltingtemperature range of the adhesive. With a total heating
time of between one and two minutes, various bond lines
can be successfully carried out on full-scale wooden panel
elements. For manufacturers of pre-fabricated houses, the
simple bonding of narrow-surface joints in the board
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materials with one another, the so-called flying joint, is a
particularly interesting variant of the new technology,
shown in Figure 12. There is practically no alternative
technique. The structurally-bonded flying joint leads to a
significantly greater design freedom in the construction and
promises, according to estimates from branch
representatives, material savings of around 10 % through
avoidance of panel wastage.

Within the plane area of the particle boards, there was also
a flying butt joint established in some modifications for
comparison with uncut plates and also cut plates with no
joining in between. The design was limited to available
testing machinery, and on the one hand an I-joist specimen
of 1700 mm length with 400 mm width and a main bar of
squared timber was built. On the other hand, a square-cut
shear box with a feed size of 800 mm was built up in five
different modifications, analog to the I-joists.

CONCLUSIONS

Figure 12:

oo en panel element ith lying joint ②

4 S mi si d an l s

im ns

In the final stage of the project, the technology with the
new conductive resistive heatable adhesive hotmelt tapes
was able to progress past small specimens to semi-sized
panels. In order to obtain practical results from
manufacturing parts in real panel dimensions which can
also be tested and compared to the established joining
method, different specimens were designed and built in
five different modifications.

Figure 13: esting o semi-si e panel specimen

A new idea of introducing adhesive bonding in the
prefabricating modular house industry was further
developed in an applied German research project. So far,
the traditional joining technique is nailing and stapling of
wooden ribs and plates. By applying a suitable adhesive to
a perforated metal strip or tape and placing this new
adhesive tape in the linear joints of panels of prefab
houses, the opportunity is given of establishing a very fast
bonding process in a structural timber construction.
Production processes of only a few minutes in total are
realized by applying an electric current into the tape and
using the conductive resistive heating directly in the joint,
without huge losses from applying the heat traditionally
from outside the wooden parts through the low heatconducting materials by hot presses.
Different adhesives were tested initially on beech wood
and showed good performance when tested under dry
conditions, but most adhesives (polyurethane based
adhesives with latent reaction capacity) failed on wood
when treated in cold water or boiling water prior to
mechanical testing. Only one adhesive class (reactive
thermoplastic hotmelt) yielded sufficient results on wood,
even when treated in boiling water. The co-polyamide
hotmelt can be easily applied on perforated metal tapes or
strips by powder coating technology.
Applying the adhesive just on sheet metal is not
recommended because of a lower bonding performance on
the metal compared with bonding on wood when water
immersion has to be considered. A number of commonly
used methods to increase the adhesive bonding on the
metal carrier were applied in experiments described in Ref.
[4, 5]. In the end surface modifications on the metal and
the use of different primers gained no significant increase
of the bond on different metals and alloys. The excellent
bonding on wood was established by hot wetting and deep
penetration into the wooden fibres, which results in a very
good overall adhesion on wood. The co-polyamide also
comes with very good cohesion which makes a bridging
through perforated metal possible. Therefore an adhesive
bonding on the metal carrier itself becomes less important
for the joint because the metal carrier remains just
embedded in the adhesive layer.
The adhesive was tested successfully on all relevant wood
and wooden materials of the industry (timber, particle
boards, OSB and cement-bound particle boards), and a
coating of about 400 g/m² of hotmelt on each side of the
tapes is recommended. Steel (stainless and low carbon
steel) as well as yellow brass was observed as a suitable
carrier tape in a perforated delivery form.
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The most interesting application on the prefab modular
panels is the narrow butt joint in between the planking
boards. With the new narrow adhesive strip any flying butt
joint can be realized. The positioning of the planks is very
flexible and could result in less offcut. Also the panel itself
becomes much stiffer when all boards are adhesively
bonded instead of only nailed or stapled.
Applying the new method in larger dimensions and
introducing it into the practical production process, some
challenges are not yet completely solved. One is the use of
thermocouples as temperature measuring element in any
joint to control the process. This is mandatory for safety
reasons by avoiding heating over the limit of 200 °C.
Experimental applications in the workshops of an
industrial manufacturer of prefab houses in Germany
showed that this arrangement is a less practical way
because of handling disadvantages. Another point is the
possibility of insufficient cold pressing of the wooden
materials in the realistic dimensions of a prefab modular
panel. Out of the experiments with smaller specimens in
the lab a minimum cold pressing of about 0.25 N/mm² was
found necessary. Applying lower pressing can result in a
poor bonding quality, and the practical tolerances in
measurements of parts for the prefab house panels should
be considered very carefully.
Besides those challenges, the new tapes offer an adhesive
bonding system which is easy to process, has a very long
storage life and is very fast in the joining application. After
only a few minutes the freshly bonded panel can be
released from pressing and can be moved to the next
workshop in the production line. As a result, the
production process is as fast as with the established joining
techniques with compressed air tools and gives the
opportunity for much stiffer modular panels with more
flexibility and saves costs, due to flying butt joints easily to
be established. The project “Fast-curing adhesive systems
for application in wooden panel construction” was carried
out in co-operation with the Institute of Joining and
Welding at the Technical University of Braunschweig.
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SOY PROTEIN SUBSTITUTION IN PHENOL FORMALDEHYDE
ADHESIVE USED IN ORIENTED STRAND BOARD
William G. Hand1, Brian K. Via2, Sujit Banerjee3, Qingzheng Cheng4, W. Robert
Ashurst5

ABSTRACT: The recent emphasis on formaldehyde off-gassing of formaldehyde based adhesives has fueled research
towards making these adhesives safer for the environment. In instances where little modification is needed, bio-adhesives
substituted into these formaldehyde based adhesives can reduce the overall cost to the manufacturer. The degree to which
liquid phenol formaldehyde resin for flakeboard applications can be replaced by soy flour was studied through a design
of experiment approach. Up to ten percent substitution could be achieved while substantially maintaining board properties.
Higher levels of substitution increased the viscosity of the resin droplet and reduced resin spread and various strength
properties. The loss of strength was most apparent for dense boards where the spreading limitation reduces the relative
bonded area.
KEYWORDS: Soy flour, strandboard, phenol formaldehyde, resin

1 INTRODUCTION 123
Most of the industrial wood products made today are
reconstituted cellulose material held together by synthetic
thermosetting adhesives, usually formaldehyde based
adhesives. The International Agency for Research on
Cancer (IARC) classified formaldehyde as carcinogenic
to humans in 2004 [9].
Lumber Liquidators is a company that uses formaldehyde
based resin in some of their manufacturing processes. The
CBS show, 60 Minutes, aired an expose on the
formaldehyde off-gassing from some of the products from
Lumber Liquidators in March of 2015. The company
fabricates flooring made with the adhesive in China. A
team from 60 minutes researched and found that many of
the flooring panels were failing the formaldehyde offgassing limit set by the Air Regulations Board [2].
These air regulations standards are only going to get more
severe. These formaldehyde based adhesives are usually
oil-derived which means that their price is partly based on
the petroleum market. The market is low right now, but an
increase in the future is almost certain which will raise the
cost of these adhesives even more. The cost and the
environmental impact of these adhesives have shifted
interest from these formaldehyde based adhesives to an
1
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alternative
adhesive
that
environmentally friendly [1].

is

renewable

and

Natural wood adhesives had been used until the 20th
century obtained from sources such as hooves, hides,
milk, and soybeans. Soy shows more promise than the
other sources because of its cost effectiveness although it
is not as water resistant without functionalization. Interior
wood products have been the primary focus when using
soy because of this weakness.
Soy proteins were used in the past as binders for plywood
and related products [12], but were replaced by
petroleum-based binders such as phenol formaldehyde
(PF) and urea formaldehyde (UF). Urea-formaldehyde
took the place of the natural adhesives interior wood
products and phenolics replaced them in outdoor wood
products due to their superior properties. This combined
with better cost and an expanding petrochemical industry
shifted the adhesive industry over to synthetics with wood
products in place of solid wood [6]. However, recent
concerns with formaldehyde emissions have prompted reconsideration of soy binders for indoor applications.
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Several attempts have been made to extend soy adhesives
to other wood applications. Soy proteins have been
functionalized to improve their native performance
[5,7,14,16,20], and some of these perform as well as PF
or UF resins. In others, soy flour hydrolysates have been
cross-linked with PF resin [11,23] to provide adequate
bonding.
1.1 SOY PROTEIN ADHESIVES
Through the Maillard reaction, soy protein can be
crosslinked using aldehydes such as glutaraldehyde,
glyoxal, and glyceraldehyde to react with amine groups in
order to form imine linkages followed by a reddish color
change [24]. Glutaraldehyde is well known to react with
protein in order to produce crosslinked polymers. Monoand bi- functional aldehydes promote covalent
intermolecular and intramolecular crosslinking. The
crosslinking probably happens between the aldehyde and
amino acids – lysine and histidine with sulfhydryl groups
of cysteine also being possible [19]. The following figure
shows the Maillard reaction progression due to color
change in an experiment conducted by Dastidar and
Netravali:

The purified soy protein was then denatured at 70 °C and
pH 10 (with NaOH) in order to open up the protein
molecules and expose the reactive functional groups in the
unfolded form. The sugars were then oxidized using
hydrogen peroxide, a benign oxidizing agent. The
hydrogen peroxide was also acidified to pH of 2.0 using
HCl and added directly to the sugar solution where it
oxidized overnight. Aldehyde and carboxyl groups were
obtained on the sugars which were then used as the
crosslinking agent with the soy flour separated protein
mainly using the Maillard reaction. The reaction products
were more than likely imines, amides, esters, and
anhydrides and was confirmed to a certain degree with
ATR-FTIR [5].
Sol-gel testing was performed on the crosslinked soy flour
by combining the soy flour resin film in water and
continuously shaking the specimen at 80 ° for three days.
The results can be seen in the following figure:

Figure 2: Results of sol-gel test showing difference in
disintegration of soy flour and crosslinked soy flour [5].

Figure 1: Change in color from pale yellow to dark red
indicating the Maillard reaction in soy protein [5].

Dastidar and Netravali developed a crosslinking scheme
without using an external crosslinker using soy flour.
About 32% of soy flour is made up of carbohydrates. The
sugars and protein were separated using filtration. The soy
flour was dissolved into water (10 parts water to 1 part soy
flour by weight). The pH was then lowered from 7 to 4.5
with HCl. Proteins in soy become insoluble in water at its
isoelectric point, pH of 4.5. The protein was then
precipitated and filtered out. A protein content of about
65% was achieved in the purified soy protein. The sugars
remained in solution as soluble carbohydrates [5].

One can also see the reddish color of the crosslinked soy
flour symbolizing the Maillard reaction. The untreated
soy flour completely disintegrated while the crosslinked
soy flour showed a gel fraction of 42%. Higher protein
concentrations of soy will produce better crosslinking and
less disintegration [5].
Thermal degradation was improved after crosslinking
from 219 to 233 °C found through thermogravimetric
analysis (TGA). The following figure shows the
difference between the untreated soy flour and
crosslinked soy flour:
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Huang and Netravali showed crosslinking in soy protein
concentrate with the use of a silane, (3-isocyanatopropyl)
triethoxysilane (ITES). They also implemented
macro/nano-sized bamboo fibrils (MBF) in the soy
protein concentrate composite in order to reinforce it. The
fracture stress and Young’s modulus increased about
three fold with the addition of MBF. They were able to
increase the Young’s modulus significantly more with the
addition of ITES. The total mixture was 100 parts soy
protein concentrate, 30 parts MBF, 10 parts ITES, and 2
parts glycerol. Fracture toughness was also improved [8].

Figure 3: Thermogravimetric analysis of soy flour and
crosslinked soy flour [5].

Composites were also formed with 5% wt.
microfibrillated cellulose (MFC) in order to test tensile
properties of the composite film. The MFC added a
flexibility to the films and acted as a plasticizer. This
aided in fracture strain due to crack bridging. Tensile
testing showed an increase in Young’s modulus (1106 to
6375 MPa), fracture stress (9.2 to 58 MPa), and fracture
strain (1.8 to 2.7 %) due to crosslinking the soy flour. The
following figure shows the fracture surface of the
crosslinked soy flour:

Figure 4: SEM image of the fracture surface of the crosslinked
soy flour [5].

The image shows a rough, layered structure indicating
brittleness of the specimen [5].

1.2 METHOD FOR SOY SUBSTITUTION IN
PHENOL FORMALDEHYDE RESIN
Soy adhesives in the early 20th century were usually made
by dispersing soy flour in caustic and adding chemicals to
crosslink. The temperature should not go above 100 °C or
chain scission will occur. Viscosity increases immediately
due to the opening up of the protein structure but
decreases later on as proteins refold and hydrolyze. This
open structure reacts very well with phenol and
formaldehyde. Acidification neutralizes the alkaline
dispersion and creates more stable soy-phenolic
structures. Other adhesive components show denaturation
of the soy protein structure such as urea, guanidinium
hydrochloride, and various sufactants which improve
adhesion [6].
Amaral-Labat et al. worked with soy flour treated with
NaOH, ethylene glycol (phase transfer agent), and silicon
oil and then mixed with formaldehyde. Another treatment
was mixed with lignin or phenol and formaldehyde.
Another treatment was mixed with glyoxal. All of these
treatments were used in particleboard manufacture. After
testing they determined that the glyoxylated soy flour
adhesives with a small amount of glyoxylated lignin were
able to satisfy standard specifications for interior wood
boards. The glyoxylated soy flour mixtures were mixed in
proportions of 70% of the soy with PF and were shown
that less adhesive was needed and exceeded standard
specifications. They found their best formulation by
integrating pMDI (polymeric diphenyl methane
diisocyanate-30%wt) into the PF (16%wt)/glyoxylated
soy (54% wt). These mixtures showed no formaldehyde
emissions [1].
1.3 HYDROLYSIS OF SOY PROTEIN

Park et al. looked into using glutaraldehyde in order to
enhance soy protein isolate biopolymers. Hydrophobicity,
solubility, tensile strength, and elongation at break all
showed improvements with increasing concentrations of
glutaraldehyde when compared with untreated soy protein
isolate [19].

Hydrolyzing the protein structure opens up the structure
by breaking the internal bonds. This exposes the
functional groups needed for crosslinking. Hse et al. used
a method that involved mixing soy flour, phenol, and
sodium hydroxide along with water. This mixture was
then exposed to 120 °C for 60 minutes. The mixture was
then cooled to room temperature where it was ready for
mixing with a resin or use as a resin [7].

Chabba et al. showed property improvements by also
using glutaraldehyde but with cheaper soy flour. The
crosslinked soy flour showed improvements in flexural
strength, fracture stress, and Young’s Modulus[3].

There are advantages to both hydrolyzing and not
hydrolyzing, but unfortunately there are disadvantages.
Frihart et al. discussed that this is too high of a

WCTE 2016 e-book | 1147

temperature because it destroys too much of the protein
structure needed for adhesion [6].
Hse et al. showed an improvement with 30% soy flour
hydrolysate mixed with phenol formaldehyde. The
internal bond exceeded conventional PF resins and a
savings of 20% in material costs. If done with cost savings
in mind, soy hydrolysate can be used effectively in
industry. The extra chemical cost in order to hydrolyze the
soy can be a burden [7].
1.4 SOY PROTEIN MECHANISM OF ADHESION
Soy protein can be found in various forms: defatted soy
flour – about 50% protein, soy protein concentrate –
about 70% protein, and soy protein isolate - about 90%
protein. Soy flour is typically used in adhesive studies
mainly because of the cheaper cost. Today’s markets
show that soy flour is about half the price of PF (dry wt to
dry wt). Soy protein is a linear, long chain polymer
consisting of 18 different amino acids. These amino acids
can be polar and nonpolar. The polar amino acids can be
used to crosslink the protein in order to improve
mechanical,
thermal,
water
sensitivity,
and
hydrophobicity. They include cysteine, arginine, lysine,
histidine, and others. The polar functional groups can be
carboxyl, amine, and hydroxyl groups capable of reacting.
Carboxylic acid groups reacting with these polar
functional groups in soy form amide (from amine), ester
(from hydroxyl), and anhydride linkages (from carboxyl).
The crosslinked soy protein can be used as a resin in its
own form or as a partial substitution with other petroleum
based resins. Soy protein also shows other advantages in
that it can be used as a fire resistant resin which will aid
in building materials that are trying to achieve better fire
safety properties [5,8].
Even though the backbone structure of the soy
protein is always a 2-aminoacetic acid, the side chains can
be aliphatic or polar (hydroxyl, thiol, carboxylic, and
many nitrogen containing compounds). This varies with
most adhesives in which there are one to a few monomers.
The following figure shows the hierarchy of the protein
structure:

Figure 5: Protein structure starting with the primary structure
of amino acids and ending with the globular quaternary
structure [6].

The primary structure involves the linear polymer chain
of amino acids. Crystallites form in the secondary
structure due to intrachain and interchain interactions.
Intrachain interactions mainly happen in proteins. These
interactions make up beta-sheets and alpha-helices. The
tertiary structure occurs when the protein structure folds
in on itself. This can happen in aqueous environments
where some of the non-polar side chains minimize their
interactions with water by folding in on itself. Interchain
interactions also play a role in disulfide groups from
thiols, acid-base interactions, salt bridges with multivalent
cations, and hydrogen bonds. The quaternary structure is
formed when the globules formed in the tertiary structures
interact with each other. These interactions are due to
hydrophobic, hydrogen bond, salt, and disulfide
formation [6]
These quaternary structures tie up a lot of the active
groups needed for adhesive bonding through disulfide
bridges with thiols, polar bonds such as hydrogen bonds
and acids, and bases as salt bridges. Denaturation can
expose these groups by unfolding the protein structure.
This step can be seen in the following figure:

Figure 6: Denaturation of the protein structure [6].

The quaternary structure is broken up, then the tertiary
structure opens up providing more reactive sites
contributing to adhesive strength. The challenge is not to
destroy too much of the secondary structure. This can be
very challenging when dealing with soy flour which is
only about half made of proteins [6].
Soy flour is also made up of soluble and insoluble
carbohydrates. Insoluble carbohydrates play a minor role
in strengthening the adhesive. The soluble sugars make up
about 30% of soy flour. They are made up of glucose,
fructose, sucrose, raffinose, and stachyose. They play a
negative role in the use as an adhesive due to an increase
in dispersion viscosity, consumption of some of the
crosslinker, and increase in water absorption which
softens the adhesive under high moisture conditions [6]
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This is why separation efforts have been made to
purify the protein part of soy. The two main proteins are
glycinin and conglycinin. Glycinin is comprised of six
acidic and six basic protein subunits. These subunits
alternate in two structural rings partially joined by
disulfide bridges. Congycinin, on the other hand, contains
more neutral amino acids and less thiol groups to form
disulfide bridges. Instead, the protein subunits are held
together by hydrophilic forces. These separated proteins
can be helpful, but the isolation process can denature and
eliminate some of the components needed to crosslink [6].
The objective of this study was to determine the degree to
which PF resin could be replaced by soy flour while
providing adequate board properties. A major distinction
between the present work and those described in the
literature is that we dissolved the flour into a commercial
resin formulation directly before application so as to
minimize processing costs.

2 Materials and Methods
2.1 Materials
Commercial soy protein isolate (ProCote 4200) was a gift
from Solae. Soy flour (Prolia 200-70) was provided by
Cargill. The soy flour was ground using an IKA MF 10
basic Microfine grinder using a 0.5 mm sieve screen. Soy
protein constitutes about half of the mass of soy flour [14].
The liquid PF resin was GP 240C11 RESI-STRAN
provided by Louisiana Pacific intended for bonding
Oriented Strand Board (OSB). The soy/PF adhesives were
prepared by manually mixing the soy into the PF until
dispersed evenly. Substantial release of protein from the
flour occurs over a few minutes at pH 7.5 [16], so the flour
should be fully hydrolyzed to protein in the alkaline resin
(pH 10.6) formulation.
2.2 Panel Preparation
Panels were prepared at a thickness of 11.1 mm. Strands
were dried at 100 °C for 4 hours and were assumed to have
a moisture content of 5%. They were added to a bag with
liquid adhesive (either the control PF or with added soy)
and the bag shaken until the strands were coated with
resin. No wax was applied. The coated strands were then
transferred to a 21.0 mm x 31.1 mm forming box.

Figure 6: 21.0 mm x 31.1 mm forming box.

The forming box was removed, and the formed mat was
then pressed between two metal plates. Two metal rods

were used on either side of the pressed strands as guides
to maintain the targeted thickness. The samples were
loaded into the press with the temperature of both platens
of the press maintained at 204 °C with a total pressing
pressure of 2.0 MPa for 4 minutes.

Figure 7: Press used for OSB pressing.

A screening study was conducted to determine the broad
range across which soy flour substitution would be
effective. The total adhesive loading was 6%. The target
density of the boards was 641 kg/m3. Soy flour was
substituted into the liquid PF at 0, 7, 14, and 21% dry soy
wt./dry PF wt.
A design of experiment was performed by varying board
density (481, 561 and 641 kg/m3), adhesive loading (2, 4,
6% dry adhesive wt./dry strand wt.) and soy flour (0, 5,
10% dry soy wt./dry PF wt.). A Box-Behnken Surface
Response design of experiment was used [17]; this design
focuses on the midpoint of the operating parameters.
There were a total of 30 boards formed with 13 variations
of parameters; 6 boards were formed with all midpoint
parameters. The design layout was laid out randomly to
remove any bias during testing.
2.3 Testing
The boards were then cut into 22.9 cm x 3.8 cm strips (3
samples per board). Density was calculated according to
ASTM D1037-12. The strips were then tested on a
Zwick/Roell Z010 Static Material Testing Machine with
the longer strands facing downwards to ensure that
maximum breaking force was achieved. The flexural
strength and flexural modulus of the boards were
measured with ASTM D1037-12 tests. Half of the
samples were soaked for 24 hours according to the ASTM
1037-12 procedure. The samples were allowed to drain
for 10 minutes and tested for thickness swell, water
absorption, flexural strength, and flexure modulus.
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3.2 Design of Experiment
Contour plots of flexural strength and flexural modulus at
an interpolated board density of 622 kg/m3 are illustrated
in Figure 9. The magnitude of these properties increases
from the blue to the green regions. At typical resin
loadings of about 6%, soy substitution appears to improve
these properties to a small extent, although they are more
likely to arise from measurement uncertainty as discussed
below.
6

Figure 8: OSB testing strip being tested in the Z010 static
material tester.

3 Results and Discussion
3.1 Screening Study
Soy substitution significantly decreases dry board
properties, especially at 14 and 21% substitution, but the
properties at 7% substitution are not statistically different
from the control.

Figure 9: Effect of PF resin substitution by 7-21% soy flour on
board properties.

It follows from the above plots that soy substitution of up
to perhaps 10% may be feasible, and this range of
substitution was pursued through a design of experiment
strategy.

Loading %

Contact angles of resin droplets on glass were measured
by the sessile drop method with PF resin containing 010% ProCote. The soy isolate was used in place of soy
flour to remove the contribution of undissolved material
to surface roughness. Ideally, the base surface should be
wood, but the effect of ProCote on the contact angle was
expected to be small and surface roughness and the
inhomogeneity of wood would add to measurement
uncertainty [10,21]. Contact angles of water on the
surface of cured adhesives were also measured. ProCote
was mixed into PF resin at 0, 5, and 10% by weight of dry
PF. The adhesive was then applied to a glass slide using a
#15 coating metering rod, and the slides dried at 105 °C
for 24 hours. Longer dying at 120 °C did not change the
results. Water droplets (100 µl) were then placed on each
of the cured samples and images taken with a high
resolution camera. Contact angles from both sides of the
drop were calculated with Drop Image software.
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Figure 10: Effect of soy substitution on flexural strength of
dry boards interpolated to a density of 622 kg/m3.
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Figure 11: Effect of soy substitution on flexural modulus of dry
boards interpolated to a density of 622 kg/m3.

Corresponding measurements on water-soaked boards are
provided in Figure 10. The results are broadly similar to
those in Figure 9. Soy substitution of 5-10% did not alter
thickness swell, which remained at 67%. The relatively
high value of thickness swell for both control and test
samples resulted from use of small coupons as opposed to
full-length boards; the higher edge:surface ratio of the
coupons would increase moisture absorption. The absence
of wax also contributed to the higher thickness swell.
Clearly, 5% soy substitution does not significantly affect
board properties and up to 10% substitution may be
achieved without compromising performance.
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Figure 12: Effect of varying adhesive loading and soy
substitution of flexural strength of water-soaked boards
interpolated to a density of 659 kg/m3.
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Figure 13: Effect of varying adhesive loading and soy
substitution of flexural modulus of water-soaked boards
interpolated to a density of 659 kg/m3.

3.3 Surface Energy
The effect of soy on strength was measured at 5% resin
loading as a function of board density, which is known to
strongly influence strength and other properties [4,22,25].
The results shown in Figure 11 were obtained from a
single batch of flakes. Use of multiple batches added to
the scatter because of variations in factors such as wood
moisture, but the underlying trend remained unchanged.
The soy flour reduces strength at high densities, but the
strength was either unchanged or was only minimally
affected at the commercially important region of 577
kg/m3. As evident in Figure 11, flex strength and modulus
are strongly dependent on board density.

Figure 14: Variation of flexural strength and modulus on board
density.

The slope of the control and soy-substituted lines in
Figure 11 are different and the two lines intersect at a
density of about 513 kg/m3. Hence, the soy is equivalent
in strength to PF at this density, but is weaker at higher
density, which suggests that two mechanisms are at play.
This type of divergence has not been noted before. A
possible explanation is available from wettability
considerations.
Soy substitution did not significantly change the contact
angle between water and the surface of dried resin as seen
from the results in Table 1, which means that the soy does
not affect the interaction between resin and water.
Table 1: Contact angles of water on soy protein substituted PF
resin.

Soy substitution Contact Angle
(deg)
(%)
0
34 ± 5
5
26 ± 9
31 ± 8
10
The contact angles of PF/soy mixtures on glass increase
with increasing soy substitution as shown in Table 2.
Table 2: Contact angles of soy protein substituted PF resin on
glass.

Soy substitution Contact Angle
(deg)
(%)
0
53 ± 5
5
62 ± 5
62 ± 6
10
Hence, it seems that droplet geometry, rather than the
chemical interaction of resin and water are most affected
by the presence of soy. It should be noted that because
protein constitutes roughly half of the mass of soy flour a
5% substitution of isolate corresponds to 10% substitution
of flour.
The difference in slopes in Figure 11 could arise from
differences in the mode of failure, one predominating at
513 kg/m3 where the two lines intersect, and the other at
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higher density values. Debonding can occur through
adhesive or cohesive failure. In the former, rupture occurs
at the wood-adhesive interface; cohesive failure occurs in
the body of the adhesive itself. It is possible that one of
these modes predominates at 513 kg/m3, while the other
dominates at higher values. A much simpler mechanism
emerges from consideration of the contact angles in Table
2. The increase in contact angle is very likely caused by
an increase in resin viscosity. Lorenz et al. (1999) found
that substituting soy protein for UF resin dramatically
increased the viscosity of the mixture, with a practical
maximum of 30% substitution. The higher contact angles
induced by the soy will reduce resin spread, and, in turn,
the bonded area between adjoining flakes. The origin of
the slopes of the lines in Figure 4 can now be explained
on the basis of resin spread. At low densities, the contact
area between pairs of stacked flakes is relatively low
because resin spread is limited at low applied pressure and
the strength derives from the resin present at the points of
contact between each pair of flakes. Increasing pressure
increases resin spread, but the more viscous soy-amended
binder spreads to a lesser extent, leading to a lower
relative bonded area and a weaker bond. In other words,
the degree of spreading is more important at high
densities. It follows that mixtures of dry soy and powder
PF should not have this viscosity-related issue;
preliminary work confirms this position.

4 Conclusions
Phenol formaldehyde resins can be substituted by up to
about 10% soy flour in liquid formulations, while
substantially maintaining board performance. Higher
levels of substitution increase the viscosity of the resin
droplet thereby reducing resin spread, which, in turn,
decreased strength. The loss of strength is most apparent
for dense boards where the spreading limitation reduces
the relative bonded area. Because the cost of soy flour is
about half that of PF resin, the addition of viscosity
modifiers and other modifications of the soy additive will
reduce the cost advantage of using soy. This limitation
only applies to flakeboard where the liquid resin is applied
as droplets and not to powder resin or liquid resin applied
to other engineered woods.
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EVALUATION OF ADHESIVE BOND STRENGTH OF TWO-LAYER
ASYMMETRIC CROSS-LAMINATED LSL SPECIMENS
Meng Gong1, Y. H. Chui1, Ling Li1
ABSTRACT: Massive timber panels (MTPs) has shown a great potential in construction of tall buildings. Evaluation
of the face-bond strength of MTPs is of an interest to use of this kind of products. This study was aimed at developing
an appropriate test procedure for evaluating the adhesive bond strength of cross-laminated laminated strand lumber
(LSL). Short span bending tests were conducted on two-layer asymmetric cross-laminated LSL specimens, which were
adhesively bonded using two-component polyurethane (PUR) and polyvinyl acetate (PVAc). For comparison, block
shear specimens were tested as well. It was found that the 2-layer asymmetric cross-laminated specimen assembly
under the short span bending could be used to differentiate between good and poor bond quality.
KEYWORDS: Adhesive bond strength, Laminated strand lumber (LSL), Cross lamination, Horizontal shear stress

1 INTRODUCTION 123
Recent interest in using wood in tall building
construction has led to potential business opportunities
for manufacturers of engineered wood products (EWPs).
A new category of EWP broadly known as massive
timber panel (MTP), which is a product that typically has
mechanical properties similar to those of concrete but
weighs as little as 1/5th of concrete. This is a product that
is widely considered to have the potential to be used in
high-rise buildings. The most recent and well known
MTP is cross-laminated timber (CLT), which is a
product that has been used in constructing the tallest
modern wood building in the world, currently standing at
10 storeys. The next generation of high performance
MTP is expected to consist of a mixture of structural
composite lumber (SCL) such as laminated strand
lumber (LSL), either alone or in combination with
dimension lumber. How to evaluate the face-bond
strength of thick wood composite panels is therefore of
an interest to use of this kind of products.
The adhesive bond quality in solid wood is often
characterized by its shear strength using the compression
shear block test stipulated in ASTM D1037 in North
America [1]. This method requires high precision in
preparation and placement of the specimen in the test
equipment to ensure that the intended shear plane in
failure is along the adhesive bond plane and not in the
composite material. A complex combination of shear and
normal stresses exists in this area due to the
1
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concentration of stresses at the corner of a notch of a
block shear test specimen, and bending stresses along the
shear plane as a result of any misalignment of loading.
The most influential factor was the offset of
experimental setup, which could increase the shear
strength by 50 to 60% [2]. A potentially better method
for evaluating the bond quality of relatively thick panels
is the short-span bending test, which is stipulated in the
North American CLT product standard, ANSI/APA PRG
320 [3], for evaluating shear strength of the product. The
philosophy behind this method is that if the adhesive
bond is inadequate, failure would occur in the bond
plane, or else failure would occur in the composite
material. In reality, the adjacent layers in most MTP
panels are adhesively bonded at a right angle one
another, generating the difference in material properties
at a given direction between these two layers. Such a
layup results in an asymmetric configuration of a
specimen for testing its bond strength under bending.
This study was aimed at developing an appropriate test
procedure for evaluating the adhesive bond strength of
cross-laminated massive timber panels.

2 METHODS
2.1 MATERIALS AND SPECIMENS
The SCL material used was laminated strand lumber
(LSL) of a grade of 1.5E. Two adhesives were used:
two-component polyurethane (PUR, Purbond HB E452)
provided by Henkel and polyvinyl acetate (PVAc)
purchased from a building supply store. PVAc does not
have gap-filling capability and is considered as a weak
adhesive. Therefore in conjunction with a stronger PUR
adhesive they will help in the development of a test
procedure and specimen assembly that will differentiate
between a good and weak adhesive bond line.
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Block shear specimens were used for testing shear
strength of LSL itself and glueline strength of LSL in
both major and minor directions. A pressure of 0.275
MPa was applied for 2 hours. The block shear test
program is given in Table 1.
Table 1: Block shear types of specimens used

Type

Direction

LSL Material

LSL
glueline

PUR
PVAc

Major
Minor
Major
Minor
Cross
Major
Minor
Cross

Number of
specimens
9
9
9
9
9
9
9
9

In an adhesively cross-laminated 2-layer specimen, the
neutral axis is not located at the geometric center (i.e.
glueline) of a specimen since the material properties,
such as modulus of elasticity (E), of LSL, differ between
the major and minor directions. The E of LSL in the
major direction is about eight times as large as that in the
minor direction. To keep the neutral axis at the same
location as the glueline of a 2-layer cross-laminated
specimen, the thicknesses of two layers must be
different. According to the Theory of Composite
Mechanics [4] and based on the E value of each layer, an
asymmetric 2-layer rectangular specimen was designed
and fabricated, Figure 1. The thickness of each layer was
calculated in terms of E, Equation (1).
௧
௧್

ൌට

ா್
ா

(1)

where, ttop is the thickness of top layer, tbottom is the
thickness of bottom layer, Etop is the E of top layer; and
Ebottom is the E of bottom layer.
The need to optimize the thicknesses of the two layers is
to ensure that the maximum horizontal shear stress
occurs at the glue line. The average E values of LSL in
the major and minor directions were 11331 and 1350
MPa, respectively [5]. Using the LSL of the minor
direction as the top layer of a thickness (ttop) of 38 mm,
the thickness (tbottom) of the bottom layer (LSL in the
major direction) was calculated to be 12 mm according
to Equation (1), Figure 1. Furthermore, with the aim at
identifying or developing a testing approach for
examining the weak glueline, the pressure applied in the
course of making specimens using PUR adhesive was
only 0.069 MPa for 1 hour. For comparison purpose, the
PVAc glue was used as well to make another group of
specimens. This generated two groups of short span
bending specimens in this study, each of which had 14
specimens.
2.2 TESTING
Block shear tests were conducted to evaluate bond
quality in accordance with ASTM D1037 [1] in a
universal test machine at a loading speed of 0.5 mm/min.
The peak load was recorded.
The center-point loading short-span bending test was
conducted according to ASTM D1037 [1]. The widths of
loading and bearing steel plates were 50mm and 25 mm,
respectively, Figure 1. Two LVDTs were used to record
the deflections, the average of which was used for
calculating the apparent modulus of elasticity (Eapp),
which is not discussed in this paper. The span-to-depth
ratio was 5. The loading speed was 2 mm/min. The data
logging frequency was 5 Hz.

Figure 1: 2-layer asymmetric specimen cross-laminated (red arrow indicating the major direction of LSL and red line showing the
glueline)
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2.3 CALCULATION OF HORIZONTAL SHEAR
STRESS
The horizontal shear stress, fv, at a location of interest in
a beam cross section can be calculated using Equation
(2), which was used to calculate the horizontal shear
stress at the bond line in a short-span beam specimen.

݂௩ ൌ

ܸܳ
ܾܫ

(2)

where, V is the vertical shear force; Q is the first moment
of area, Q = Ay; A is the area of cross section above or
below the location of interest; y is the distance from
neutral axis (N.A.) to centroid of area “A”; I is the
moment of inertia of whole cross section; and b is the
width of cross section at location of interest.

3 RESULTS AND DISCUSSION
3.1 BLOCK SHEAR TESTS
The block shear test results are given in Table 2. It is
obvious that there were significantly differences between
shear strength of different groups. The average shear
strength of the specimens tested in the major direction

was about 70~80% larger than that
in the minor
direction
G23
fv,90
for three paired groups. The average glueline shear
strength of the specimens bonded using PUR was about
20% larger than that of LSL material in the major or
minor direction. This suggests that the PUR glueline
strength in shear of LSL specimens made in this study
was better than the shear strength of LSL material itself.
It was also found that the average glueline shear strength
of the specimens bonded using PVAc was 15% or 10%
lower than that of the LSL material in the major or minor
direction, respectively. This suggests that PVAc did not
produce a glueline as strong as PUR. It was not surprised
since PVAc is considered as a weak adhesive since it
does not have gap-filling capability. It was also found
that almost 100% and about 90% failure happened in
LSL material itself in those glueline groups bonded with
PUR and PVAc, respectively. Finally, the average
glueline shear strength values of cross-laminated
specimens bonded using PUR and PVAc were 3.995
MPa and 2.780 MPa, which were lower than those
bonded in the major or minor direction. This is due to the
surface roughness of LSL materials. The cross
lamination results in less bonding areas between two
LSL layers than the parallel lamination in the major or
minor direction.

Table 2: Block shear strength of LSL material and the glueline of laminated LSL specimens

Group
LSL material

LSL
glueline

PUR
PVAc

Direction
Major
Minor
Major
Minor
Cross
Major
Minor
Cross

3.2 SHORT-SPAN BENDING TESTS
Thirteen (13) out of 14 2-layer asymmetric specimens
bonded with PUR were successfully tested. Table 3
gives a summary of results. The average load at failure
was 7.882 kN. There was only one specimen that failed
in glueline at a load of 6.476 kN, which was the smallest
value among the group indicating the poor bonding of
that specimen. Other specimens failed in simple tension
(10 specimens) and in shear in material (2 specimens).
Thirteen (13) out of 14 2-layer asymmetric specimens
bonded with PVAc were successfully tested as well.
There were 11 specimens that failed in glueline, Figure
2. The average load at failure was 7.131 kN, which is

Count
9
9
9
9
9
9
9
9

Mean (MPa)
6.513
3.657
7.780
4.380
3.995
5.654
3.360
2.780

COV (%)
14.17
9.02
11.93
11.16
10.25
11.08
7.86
11.35

about 10% lower than that group bonded using PUR.
The other two (2) specimens failed in simple tension.
This suggests that the bonding strength of PVAc-glued
group was lower than that of PUR-glued one. Also the
PUR under a pressure of 0.069 MPa for 1 hour could
still produce a very good glueline after full curing. The
adhesive supplier indicated that even though PUR only
requires a minimum pressure for 1 or 2 hours, the curing
time must exceed 24 hours. The curing time used in this
study was at least 24 hours, meeting the requirement. It
can be concluded that the 2-layer asymmetric specimen
assembly developed in this study could be used for
examining the weak glueline in cross-laminated massive
timber panel products.
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Table 3: Average load at failure of the 2-layer asymmetric specimens tested and calculated horizontal shear stress (fv) at neutral axis
(N.A.)

Group
PUR
PVAc

Count
13
13

Average load at failure (kN)
7.882
7.131

fv (MPa) at N.A.
3.027
2.739

Figure 2: Delamination failure along the glueline (within oval) of a 2-layer asymmetric specimen (code #: PVA-05)

Figure3: Distribution of horizontal shear stresses (fv) along the depth of 2-layer asymmetric specimens cross-laminated using PUR
under a load of 7.882 kN
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Figure 4: Distribution of horizontal shear stresses (fv) along the depth of 2-layer asymmetric specimens cross-laminated using PVAc
under a load of 7.131 kN

It is logic to say that failure will happen along the
glueline of an adhesively bonded specimen under shortspan bending when the horizontal shear stress (fv)
exceeds its glueline shear strength. Figure 3 plots the
distribution of fv along the depth of a cross-laminated
specimen using PUR at a load of 7.882 kN, the average
load at failure of PUR-bonded specimens under the
centre-load bending tests. The maximum fv existing in
the glueline of an asymmetric 2-layer specimen is
calculated to be 3.027 MPa using Equation (2).
However, the average shear strength value of block shear
specimens cross-laminated using PUR is 3.995 MPa,
Table 2. This indicates that the maximum fv is 25%
lower than that of block shear strength, resulting in
almost no failure along the glueline. This was verified
with the test results provided above. Figure 4 illustrates
the distribution of fv along the depth of a cross-laminated
specimen using PVAc at a load of 7.131 kN, the average
load at failure of PVAc-bonded specimens under the
centre-load bending tests. The maximum fv in the
glueline of an asymmetric PVAc-bonded 2-layer
specimen is calculated to be 2.739 MPa using Equation
(2), and the average shear strength of block shear
specimens cross-laminated using PVAc is 2.780 MPa
given in Table 2. This means that the maximum fv of a
PVAc-bonded specimen is almost the same as that of
block shear strength, giving a great chance of shear
failure along the glueline. This suggests the 2-layer
cross-laminated asymmetric type of specimens could be

used to detect the weak bond under the short-span
bending.

4 CONCLUSIONS
A type of adhesively cross-laminated 2-layer asymmetric
LSL specimens was designed and fabricated according
to the E value of each layer with an aim at evaluating the
adhesive bond strength. The center-point loading shortspan bending tests were conducted on these asymmetric
2-layer specimens. The horizontal shear stress was
therefore calculated in terms of the average load at
failure of these specimens. In addition, the block shear
tests were carried out as well. Based on the test results
and above discussion, the following conclusions could
be drawn:
•

•

•

The average glueline shear strength of PURbonded or PVAc-bonded LSL specimens was
larger or less than that of LSL material itself,
respectively, at a given strength direction;
The average glueline shear strength of crosslaminated specimens was lower than that of
parallel-laminated ones; and
Under the short span bending, the 2-layer
asymmetric cross-laminated specimen assembly
could be used to differentiate between good and
poor bond quality.
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INFLUENCE OF BENDING STRESS ON THE DYNAMIC PROPERTIES
OF SPRUCE TIMBERS
Anton Kraler1, Wilfried Beikircher2
ABSTRACT: With the help of ultrasound measuring technology, sound speed and the dynamic E-modulus, respectively,
are the parameters that allow for conclusions as to the load capacity of timber construction elements. This non-destructive
measurement technique can be used in renovation projects of old and/or listed buildings. This investigation comprises an
analysis relating to the correlation of the speed of sound to the load bearing status of the project building. Ultrasound
measurements in a longitudinal direction with a frequency of 22 kHz are carried out during a bending stress experiment
under three different load bearing conditions. The measurements are performed on 115 spruce timber specimens with a
length of 2.65 meters on three different measuring points on the cross sectional area. The comparison of the sound
propagation time results reveals a slight increase of the sound propagation time under increased load impact, most of all
in areas of additional bending stress. These deviations are so minute that they have no decisive implications for the
practical application of the ultrasound measuring technique. The investigation into the degree of the bending impact on
the speed of sound showed no correlation. For the practical application of ultrasound measurements, this means that the
load and deformation state of the timber parts has no decisive impact on this measuring technique.
KEYWORDS: Ultrasound, bending stress, solid wood, spruce, non-destructive measurement technique

1 INTRODUCTION 123
The assessment of the condition of existing timber load
bearing structures is, as a rule, carried out via the drill
resistance method, the ultrasound echo technique, or also
by way of drill core analyses. While it is possible to
clearly identify and assess local damage in the timber such
as rot, resin pockets and the like, it is hardly possible to
draw any conclusions as to the load bearing capacity of
the entire load bearing element. In this respect, the
measurement of the ultrasound impulse transit time
provides a good, straightforward and virtually nondestructive option for strength-class assignment. Via two
ultrasonic probes that are coupled to the cross-cut-timber
ends at a right angle or also to any two points in a 45°
angle, the ultrasound transit time is measured.
In the course of the through-transmission technique, the
obscuring effect of the material’s irregularities is used.
The object subject to testing is stimulated to oscillate via
a quartz (piezoelectric effect) or mechanical stop. So, the
sample starts to oscillate depending on the type of
stimulation and material property. The thus generated
waves are recorded via a sensor system and evaluated as
to transit time, amplification, form and decay behavior.
From this information, conclusions as to the mechanical
properties and defect detection can be inferred. The speed
of sound increases as frequency goes up. The speed tends
to decrease as thickness and width of the sample increase.
1
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In the event of increasing wood moisture, sound speed
goes down as a result of the impact of the lower sound
speed exhibited by water. The speed of sound decreases
as temperature rises. Moreover, speed tends to increase as
gross density goes up. In the event of rot / a cavity, the
direct connection between sender and receiver is
extended, which results in insufficient sound speed.
The ultrasound technique is based on the fact that
oscillations in solid bodies propagate at varying speeds
depending on these bodies’ physical and mechanical
properties.
According to Equation (1), the speed of sound v is
calculated from the transit time t and the distance 1
between the two measuring probes.
v=1/t

(1)

Based on that, the timber can be graded via the dynamic
bending elasticity modulus. Several measurements
performed at different points distributed over the crosssection increase accuracy in this context.
At the University of Innsbruck’s Timber Engineering
Unit, a research project was performed the task of which
was to carry out strength tests of old buildings (dating
from 1250 AD down to the present day) [1] via virtually
non-destructive measurement techniques (Figure 1: drill
2
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resistance measurement, drill core extraction with
fractometer measurement and ultrasound measurement).

correlations between the dynamic E-modulus and the
static E-modulus, as well as to the strength properties
exhibited in the grain direction. Also Teischinger and
Patzelt [4] regard the combination of ultrasound speed and
gross density as a suitable tool for assessing timber quality
with regard to strength.
Testing unsorted spruce boards, Unterwieser and
Schickhofer [5] identified a considerable dependence of
sound speed and of the dynamic E-modulus on wood
moisture and temperature. Thus, it is recommended to
apply the sound speed values corrected as to moisture and
temperature when calculating the dynamic E-modulus
according to Equation (2) and to convert the gross density
also with regard to reference moisture (Equations (3, 4,
5)) and Equation (6).

Figure 1: Measurement devices for non-destructive
investigation of structural elements
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Ultrasound speed for ω = 12% [m/s]
Ultrasound speed at existing wood moisture ω [m/s]
Wood moisture ω [%]
=
Edyn

ρ12

Figure 2: Beam ceiling in an old town house

As regards non-destructive in-situ measurements of the 20
selected objects (examples Figure 2), a question was
raised with regard to ultrasound measurement that is
particularly relevant for practical application: what is the
impact of the structural timber element – either subject to
load or not subject to load – on sound transit time and thus
on the accuracy of the measurement result? As known in
expert circles, the ultrasound measurement of structural
timber elements is primarily performed for buildings in
use, i.e. in a condition subject to load. Thus, it is necessary
to know whether an acting load has an impact on sound
transit time, or whether this does not have any
implications for the results of the impulse transit time
measurement. Several publications exist on the topic of
various factors of influence on ultrasound speed. These
are provided in the literature references.
According to Niemz and Mannes [2], the speed of the
propagation of sound waves primarily depends on the
material’s elastic properties. If we take the speed of sound
v and the gross density ρ, the dynamic elasticity modulus
Edyn can be calculated by way of Equation (2):
=

∙

(2)

The elasticity parameters thus calculated by way of
ultrasound waves in longitudinal direction are, as a rule,
10 to 20% higher than those gained in the process of static
bending tests. Steiger and Arnold [3] determined good

ν12,20

∙

(6)

,

Dynamic elasticity modulus according to
ultrasound measurement [N/m²]
Specimen gross density related to a moisture of
12% [kg/m³]
Ultrasound speed for ω = 12% and
T = 20°C [m/s]

As reference conditions are deemed a temperature of
+20°C and a wood moisture of 12%. Respective
conversion formulas for ultrasound speed are contained in
Sandoz [6] (Equation (7)).
,

ν12,20
νΤ

Τ

=

,

∙

ü

Ultrasound speed for ω
T = 20°C [m/s]
Ultrasound speed for T [m/s]
Temperature [°C]

= 12%
=

12%

(7)
and

The tests carried out by Sonderegger et. al [7] show that
the gross density, when combined with the share of
compression wood, is a key parameter for predicting the
mechanical properties of spruce timber and that there is
consequently also a linear correlation to sound speed.
For performing ultrasound measurements for timber,
relatively low frequencies, i.e. in the range of 20 to
50kHz, are required. In this context, the pertinent
wavelengths are in the centimeter range. This is why
minor defects such as knots, small cracks or local
inhomogeneities can hardly be identified when
performing through-transmission for timber according to
Niemz und Mannes [1]. A defect must be relatively
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considerable when compared to the tested object in order
to have a considerable impact on the propagation speed of
sound waves. This was already shown also by Niemz et.
al [8], and, moreover, a dependence of sound speed on the
measurement frequency was proven. With the aid of an
artificial saw cut, Sandoz et. al [9] also established that
local defects yield a merely minor impact on sound speed
and only from a certain size onwards. However, the signal
peaks of ultrasound waves clearly respond to a defect and
will – depending on the respective cause – make sound
speed go up or down.
A good summary of some factors yielding an impact on
sound speed is contained in Clauss et. Al [10]. According
to it, annual-ring width, fiber angle, the position of
transducers during measurement, sample geometry and
different kinds of fungus infestation also have an impact
on sound speed.
In the following, it is shown to which extent an acting load
influences ultrasound measurement. The research data
gained by Niederfriniger [11], who determined a slight
dependence of sound transit time on load already for the
measurement performed in the middle of the crosssection, are now being examined more in-depth and
evaluated with regard to three measuring points
(Figure 3).

Figure 3: Position of the ultrasonic measuring points at the
end faces

2 MATERIAL AND METHODS
The tests were performed at 115 visually presorted square
spruce timbers exhibiting dimensions of 48 × 138 × 2650
mm³. After conditioning of the samples in standard
reference atmosphere according to Austrian standard
ÖNORM EN 408 was completed, at a temperature of
20°C and a relative air humidity of 65%, their mass and
moisture were determined. For weighing the specimens,
scales of the type “KERN FTB 35K1” (measurement
accuracy: 1g) were used. The wood moisture was
determined at three points, distributed over the length of
the samples, by way of measurement via the electrical
resistance according to ÖNORM EN 13183-2 [12] and
then used to calculate mean wood moisture. The testing
device used was the electronic wood-moisture measuring
device “GANN Hydromette RTU600” (measurement
accuracy: 0.1%).
In a next step, overall nine ultrasound transit time
measurements were performed, respectively, at the
samples in the course of a 4-point bending test at three
measuring points distributed over the cross-section area
and subject to three different load situations. One
measuring point was in the middle of the cross-section,

and the others were in the middle of the upper/lower
quarter of the cross-section, respectively (Figure 4).

Figure 4: Load situation of the specimens

Figure 5: Test setup – 4-point bending test

The specimens were placed on edge as beams on two
supports, with a span width equaling 18 times the height
and subject to symmetrical load at the third points (Figure
4 and Figure 5). A test frame of the type “Metallkraft
WPP 20 BK” was used as load device with which the
required pressure load was generated manually. The test
at hand had to be performed without machine-induced
load application, as preliminary tests had shown false
signals emanated by the ultrasonic measurement device.
The load situations for measuring sound transit time were
composed as follows:
- Load state A (LsA): unloaded F1 = 0,
- Load state B (LsB): lightly loaded F1 = 0.10 × Fmax,est
- Load state C (LsC): heavily loaded F1 = 0.40× Fmax,est
The theoretical load at rupture Fmax,est was determined for
each assignment of the quality of the input material (low,
average, high) on the basis of existing test results, and the
sample set was subject to load according to the
assignment. The numerical values for the thus generated
forces are given in Table 1. In the course of the bending
test, deflection w was measured at both lateral surfaces in
the middle of the longitudinal sample direction, using two
inductive displacement transducers. In this process, the
pertinent acting force F was documented as well.
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Table 1: Applied bending stress – classification according to
sample set

Allocation - collective of
samples
Number of samples

low

medium

high

39

36

40

F1 [kN]

1,40

1,70

2,00

F2 [kN]

5,80

6,90

8,10

For performing ultrasound testing, the “Sylvatest Duo”
device (Figure 6) was used. This device works according
to the through-transmission technique. Via a cone
transducer head that is pressed in a pre-drilled hole (5mm
diameter, 12.5mm depth) end-face, the ultrasonic
impulses are indicated into the test specimen at a
frequency of 22kHz. The sound waves pass through the
sample and are registered by a second transducer at the
other end face. Through-transmission time is measured by
the “Sylvatest Duo” device with an accuracy of one
microsecond.

Figure 7: Comparison of measured ultrasound velocities

3 RESULTS
In order to identify the correlations between load
condition and the results of ultrasound measurements, the
respective sound transit times t are directly compared to
one another for the different load situations. According to
Equation (8), the difference between the sound transit
times ∆t is formed, with the transit time under bigger load
effect t2 being subtracted from that under lower load effect
t1. So, if there is a negative difference, this means that the
sound wave takes longer under bigger load effect to
penetrate the test specimen.
Δ =

The ultrasonic measurement device comes with a Table 2
that can be used to infer strength from ultrasound speeds.
Table 2: Sylvatest-Duo ultrasonic measurement device grading
classes

Class according to EN 338

v12 ≥ 5800

C 40

5650 ≤ v12 < 5800

C 35

5450 ≤ v12 < 5650

C 27

5250 ≤ v12 < 5450

C 22

5100 ≤ v12 < 5250

C 18

v12 < 5100

(8)

As factors such as wood moisture, temperature and
structure parameter were constant for all measurements of
each test specimen, the acting load is the only remaining
variable.

Figure 6: Sylvatest-Duo ultrasonic measurement device

Ultrasound velocity

−

HC

Visual sorting according to DIN 4074 results in the
following assignment of grading classes for the tested
sample set (Figure 7). This diagram also shows the
measured ultrasound speeds. Based on these values,
conclusions can be drawn as to the strength classes, as
displayed in Table 2.

3.1 SOUND SPEED
3.1.1 Load impact
Figure 8 provides an overview of the dimension and
distribution of sound transit time differences resulting
when comparing the different load scenarios. Here, the
mean value, respectively, per load scenario is taken from
all three measuring points in order to arrive at a
representation. The averaged measured values are higher
in the zones exhibiting a higher stress distribution than in
the stress-free zone. In this context, stress distribution is a
bit more pronounced in the bending-tension zone than in
the bending-compression zone.
The major part of the resulting differences is in the
negative range, which means that transit time goes up as
load increases. As load difference increases, a stronger
shift towards the negative range can be observed. The
amounts of the identified differences move in the range of
below 5 µs, with the exception of outliers. Considering the
fact that the mean sound transit time of the entire sample
set is at 478 µs, the differences are, expressed in
percentages, as a rule, in the range of or below one
percent.
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Figure 8: Comparing the runtime differences between various
loading situations with an average runtime of
478 µs

Figure 11: Comparison of the runtime differences of the loading
situations unloaded (LsA) and heavily loaded (LsC) for each
ultrasonic measurement point

Figures 9, 10 and 11 display the differences between
sound transit times in various load scenarios broken down
separately for each measuring point. The pertinent
numerical values are listed in Table 3.
Table 3: Runtime differences for all load situations and
measuring points

∆t LsA - LsB [µs]
average
standard deviation

Figure 9: Comparison of the runtime differences of the loading
situations unloaded (LsA) and loaded (LsB) for each ultrasonic
measurement point

P1

P2

P3 average

-1,22

-0,32

-0,21

-0,58

3,07

1,89

1,34

1,36

minimum

-11

-6

-7

-4,67

maximum

24

10

3

7,33

∆t LsB - LsC [µs]

P1

P2

-1,23

-0,54

-1,22

average
standard deviation

P3 average
-0,99

3,13

1,58

2,14

1,58

minimum

-26

-6

-7

-11,00

maximum

8

4

5

2,33

P1

P2

-2,44

-0,86

-1,43

∆t LsA - LsC [µs]
average
standard deviation

P3 average
-1,58

2,34

2,12

2,14

1,60

minimum

-14

-7

-8

-7,33

maximum

2

9

4

1,00

LsA = unloaded; LsB = lightly loaded; LsC = heavily loaded

Figure 10: Comparison of the runtime differences of the loading
situations lightly loaded (LsB) and heavily loaded (LsC) for
each ultrasonic measurement point

We can see that values are slightly different for each
measuring point. These differences may be due to the
timber structure that slightly variegates the measured
section of the sound wave in each measuring point. This
is emphasized by the statement made by Burmester [13]
according to which the soundwave works its way through
a zone characterized by the highest fiber length and
higher-than-average gross density. Accordingly, the
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results of the ultrasonic measurement are obviously
determined by the zone that is more sound-permeable.

Δ

= 0,5 ∙

+

− 0,5 ∙

(9)

+

3.1.2 Deflection impact
As the deflection difference, together with the pertinent
load difference, constitutes the key factors for
determining the bending elasticity modulus according to
ÖNORM EN 408 [14], it is investigated in the following
whether there is a correlation between deflection and
ultrasonic transit time. These two parameters are
graphically compared in Figures 12, 13 and 14. The
pertinent correlation coefficients are listed in Table 4.

Figure 14: Correlation between sound transit time [∆t in µs]
and deflection differences [∆w in mm] for different loads,
measuring point P3
Table 4: Correlation coefficients R between sound transit time
[∆t in µs] and deflection differences [∆w in mm] for different
loads

Correlation coefficient R (dimensionless)
Figure 12: Correlation between sound transit time [∆t in µs]
and deflection differences [∆w in mm] for different loads,
measuring point P1

Measuring point

P1

P2

P3

LsA - LsB

0,07

0,28

0,32

LsB - LsC

0,08

0,00

0,13

LsA - LsC

0,21

0,25

0,35

It can be seen that, as deflection goes up, there is an
increasing and slight shift of transit time differences to the
negative range, i.e. an extension of sound transit time.
With correlation coefficients R ranging from 0 to, at
maximum, 0.35 (see Table 4), the identified correlations
are merely weak. If we compare the load situations LsA
and LsC, the correlations are somewhat more pronounced.
As a consequence, deflection does not correlate at all with
sound transit time, or, at higher differences, it correlates
with sound transit time only to a very limited extent.

Figure 13: Correlation between sound transit time [∆t in µs]
and deflection differences [∆w in mm] for different loads,
measuring point P2

The values regarding the two displacement transducers
(wL, wR) are averaged according to Equation (9), and the
deflection difference between the two load situations is
formed, with Index 2 representing the value exhibited
under bigger load effect, in keeping with Equation (3).
The thus resulting values are separately compared to the
pertinent transit time differences for each measuring
point.

3.1.3 Measuring inaccuracy impact
The accuracy exhibited by the ultrasound measurement
device and the respectively slightly varying positioning of
the transducers – caused by replugging between the
individual measuring points – have a material impact as
inaccuracy factors in the course of ultrasound
measurements.
As, during load increase from LsA to LsB, the ultrasonic
probes were left untouched in drill holes P3, a possible
loss of accuracy due to replugging can be excluded for
measuring point P3 (Figure 10) when comparing these
two load situations. The same applies for load increase
from LsB to LsC for measuring point P1 (Figure 11).
To determine the dimension of measurement
inaccuracies, six ultrasonic measurements (A - F),
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respectively, were performed, one after the other, for
conditioned test specimens not subject to any load at 15
measuring points. In this process, in the course of the first
three measurements (A - C), the transducers were left
untouched in the drill holes in order to be able to draw
conclusions as to the scattering exhibited by the
measuring device itself. Before each of the following
measurements (D - F) was performed, the probes were
removed from the drill hole and then re-inserted to
identify additional accuracy losses due to replugging.
Results were again represented by the formation of
differences of sound transit times elapsing between the
individual measurements. These are constituted as
follows:
- Measurement inaccuracy 1 (M1): difference formation
between measurements A to C among one another
- Measurement inaccuracy 2 (M2): difference formation
between measurements D to F among one another
- Measurement inaccuracy 3 (M3): difference formation
of measurements D to F with measurement A
This results in overall 45 differences for each
measurement inaccuracy. Figure 15 gives a graphical
representation of results, and Table 5 contains the
pertinent numerical values.

Replugging of ultrasonic probes increases the scattering
of measured results. There are deviations of up to 11 µs;
yet, also here, the major share is in a much narrower range
of -2 to 1 microsecond(s).
If, in turn, the thus resulting measurement inaccuracies are
compared with the mean sound transit time of the entire
tested sample set of 478 µs, sound transit times, will, at
repeated measurement, vary by, at maximum, 2.3 percent.
The accuracy of the ultrasound measuring device and the
slightly varying position of the transducers caused by the
moving between the individual measuring points cause a
maximal measuring inaccuracy of 2.3 %.

4 CONCLUSIONS
From the test at hand it can be concluded that ultrasonic
transit time and thus the dynamic E-modulus are not
considerably influenced by an acting load. As load
increases, the sound transit time, will, on average, be
extended, yet it will move in a range of measurement
inaccuracies. Moreover, no clear correlation between the
extension/compression of the wood fibers and ultrasound
measurands could be identified.
For the practical application of the longitudinal ultrasonic
measurement technique for assessing timber quality, we
can conclude from the tests that the load and/or
deformation condition does not result in any significant
change of measurands for comparable test specimens and
that thus any possible static considerations will have no
considerable implications.
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∆t [µs]

M1

M2

M3

average

0,04

0,04
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BEHAVIOUR OF GLUED LAMINATED GLULAM BEAMS AND
COLUMNS SUBJECTED TO SIMULATED BLAST LOADS
Dani l N. La roi and Ghasan Douda

2

ABSTRACT: This paper presents preliminary results from an experimental program investigating the dynamic behaviour
of glulam beams and columns subjected to simulated blast loads. A total of eight glulam beams and columns were tested
destructively under static and dynamic loads. Based on the dynamic tests conducted on the beams, an increase in strength
under dynamic loading, relative to that measured under the static loading, was observed. A material predictive model that
accounts for high strain-rate effects is developed. The experimental displacement-time histories were reasonably well
predicted through a single-degree-of-freedom approach which used the proposed resistance model as input.
KEYWORDS: Glued laminated timber, Blast loading, Flexural response, Material model, Equivalent SDOF model,
Beams, Columns, Axial load

1 INTRODUCTION 123
The light weight, ease of construction, and low material
costs have made wood the construction material of choice,
especially for low-rise buildings. Advancements in
analysis and design methods have meant that taller and
safer timber and timber-hybrid buildings can now be
constructed. Furthermore, high-profile timber structures
(e.g. Murray Grove Tower in London, Wellington Zoo
Amphitheatre in New Zealand, Birkenhead Library and
Civic Centre in Auckland, New Zealand) are emerging
throughout the world.
When subjected to blast loads, materials typically
experience an increase in apparent strength, referred to as
the dynamic increase factor (DIF). This factor is used in
design to modify the static strength to account for high
strain rates. The DIF proposed by codes for design of
various materials (i.e. concrete, steel, masonry, and wood)
generally varies from 1.0 to 1.4 for both near-field and farfield detonations [1-3]. Due to available test data, the DIFs
for the compressive and tensile strength of concrete and
the yield strength of steel reinforcement have been
developed as a function of the strain rate [4, 5].
The performance and structural response of reinforced
concrete members with and without axial load has been
documented through experimental air blast loading [6-8],
shock tube induced blast loading [9-11], high fidelity
modelling [12-14] and simplified single-degree-offreedom (SDOF) modelling [9-11, 15]. The performance
of steel [16-19] and masonry [20-22] under the effect of
blast loads has also been well documented through
experimental tests and analytical work.
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Contrarily, there is little information on the behaviour of
wood structural members under the effect of blast loading.
Most of the research performed on wood has primarily
focused on impact loading tests conducted on clear wood
specimens (e.g. free of defects). While increases were
reported on the compressive and flexural strengths in the
range of 10-40 % [23, 24], it was later recognized that the
behaviour of small clear wood specimens was not
representative of that found in full-size wood members
[25]. Nadeau et al. [26] reported that clear wood
specimens, which were intentionally notched on the
tension side, lacked the increase observed in the
unnotched specimens. The authors concluded that initially
weaker specimens (e.g. notched specimens) already have
micro-cracks and are less affected by sub-critical crack
growth. Most of the research on glulam members has been
limited to static loading regimes [27-32] and only a few
studies dealt with combined axial and bending loading
[e.g. 32-34]. More recently, research effort at the
University of Ottawa has aimed to investigate the
behaviour of full-scale studs [35] as well as typical and
retrofitted light-frame walls [36-38] subjected to blast
loading.
The objective of the current research project is to
investigate, experimentally and analytically, the
behaviour of straight glulam beams and columns under
simulated blast loading. More specifically, the main focus
of this paper is to investigate the relative increase in
apparent strength under blast loading to those obtained
under static loading conditions for glulam. Furthermore,
the effect of axial load on the dynamic behaviour is
investigated and a material predictive model, which uses
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tension and compression strength values as input and
accounts for high strain rate effects, is proposed.

2 EXPERIMENTAL PROGRAM AND
PRELIMINARY RESULTS
2.1 G n ral
A total of eight (six beams and two columns) glulam
members with dimensions of 137 mm x 222 mm x 2,500
mm 24f-ES were tested under static and dynamic loading
to determine properties such as the modulus of rupture
(MOR) and modulus of elasticity (MOE).
Throughout the paper, any specimens subjected to out-ofplane bending without an axial load will be referred to as
beams whereas specimens with axial loads will be
referred to as columns. The specimen notation is as such
that a letter, B or C, denotes whether the specimen is a
beam or column and the number following the letter
indicates the specimen number. The experimental testing
was limited to structural members with idealized
boundary supports (pin-ended) in order to allow for direct
comparison with simplified analytical models.
2.2 STATIC TESTS
2.2.1 S tu
A total of four beams were tested statically to failure
under four-point bending, as shown in Figure 1. The spanto-depth ratio in the static tests was slightly lower than
that recommended by the ASTM D198 standard [39] due
to the size limit imposed by the dynamic apparatus.

Table 1: Static test results

Specimen
B1
B2
B3
B4

Rmax
(kN)
131.2
161.5
132.1
141.7

Avg.
Std. Dev.
COV

Δmax
(mm)
22.5
25.2
21.2
25.3

MOR
(MPa)
72.1
52.0
42.8
45.8

MOE
(MPa)
8,757
10,257
9,110
9,565

23.5
1.76
0.08

45.7
3.49
0.08

9,422
501
0.05

The MOE and MOR presented in Table 1 are “apparent
properties”, which means that they are based on the
average response of the beams. The values were obtained
using Equations (1) and (2).
𝑀𝑂𝐸 =

23 𝐾 𝐿3
1296 𝐼

(1)

𝑅𝑚𝑎𝑥 𝐿
(2)
6𝑆
Where K is the stiffness obtained from 10 % to 40 % of
the experimental load-deflection curve, L is the clear span
length, I is the moment of inertia of the beam, Rmax is the
maximum force resisted by the beam obtained from the
reaction load cells, and S is the section modulus.
Static failure modes of the beams were mainly limited to
simple tension (Fig. 1) and splintering tension. Failure of
the individual laminates occurred either at a knot or at a
finger joint (FJ), depending on the size of the knots.
𝑀𝑂𝑅 =

2.3 DYNAMIC TESTS

Figure 1: our-point static en ing tests

A reaction frame with a steel I-beam was used to transfer
the applied load at the third points of the span. Load cells
located at the member support points were used to
measure the reactions while idealized pin end conditions
were provided by two steel plates and a roller on top of
the load cells. Mid-span deflection was measured using a
wire gauge attached to the bottom face of the test
specimens.
2.2.2 R sults
Table 1 shows a summary of the static test results
including the maximum resistance of the beams,
deflection at maximum resistance, modulus of rupture
(MOR), and modulus of elasticity (MOE). Values for
average, standard deviation and coefficient of variation
are presented for the failure deflection, MOR, and MOE.

2.3.1 S tu
A total of two beams and two columns were tested
dynamically. The dynamic tests were conducted at the
University of Ottawa’s shock tube facility where high
strain-rates, similar to those generated during a blast
event, can be obtained. The shock tube is pneumatically
driven and can reproduce uniform pressure over the
reflecting surface similar to those generated during
detonations. The driver, spool section, and expansion
section are the three main components of the blast
simulator. In order to generate a shock front, air is added
to the driver section, which has a length that can vary from
305 mm to 5,185 mm. Once the desired driver pressure is
attained, the air is then released through the control of the
spool section. The shock front travels through the 6,096
mm expansion section before interacting with the
specimen or reflecting surface mounted to the end frame.
While a negative pressure phase is developed, in part due
to the 12 pressure relief vents located near the end of the
expansion section, the shock tube is capable of only
simulating the first positive pressure wave resulting from
the detonation. The role of the relief vents is to reduce the
effect of tertiary peaks caused by reflection of the shock
wave within the shock tube’s expansion section.
Maximum reflected pressures and impulses of 100 kPa

60

600

40

400

20

200

0

-20

Reflected Impulse
(kPa-ms)

and 2200 kPa-ms, respectively, can be achieved by the
shock tube.
The dynamic test setup is shown in Figure 2, along with
the end frame of the shock tube. A load transfer device
(LTD), attached to the end frame, was used to collect the
pressure over the opening section (Fig. 2a) and transfer it
to the third points of the test specimens (Fig. 2b). The
LTD is composed of rigid steel hollow square sections
(HSS) and metal sheets. It is capable of freely moving in
the lateral direction, up to deflections of 200 mm, through
the use of slotted hinges.
Maintaining the same loading pattern, boundary
conditions, and span length for both the static and
dynamic tests was necessary to reduce unknown variables
that could affect the results. The pressure-, reaction-, and
displacement-time histories were measured using two
piezoelectric pressure sensors located 50 mm from the end
of the expansion section, load cells, and a linear variable
displacement transducer (LVDT), respectively. A highspeed camera recorded the dynamic response of the
specimens at a rate of 500 frames per second.
The axial load was applied to the columns using two
hydraulic jacks located between the base of the column
and the strong floor of the laboratory. Notched steel plates
with round bars were used at the top and base of the
column to provide rotation. Two load cells attached to the
strong floor above the column measured the axial load.
The axial load was applied prior to securing the lateral
supports.

Reflected Pressure
(kPa)
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Figure 3: ressure- an impulse-time history or

The dynamic test results are shown in Table 2, including
the maximum reflected pressure (PR), maximum reflected
impulse (IR), maximum mid-span displacement (ΔL/2),
time to failure (tΔmax), initial axial load (Pi), and axial load
at maximum displacement (Pf).
Table 2: Dynamic test summary

Specimen
B5
B6
C1
C2

PR
(kPa)
50.2
53.2
54.1
60.4

IR
(kPa-ms)
548
492
605
664

ΔL/2
(mm)
25.9
30.8
28.1
30.7

tΔmax
(ms)
15.2
15.2
12.8
12.4

Pi
(kN)
160
330

Pf
(kN)
109
272

Table 3 shows the results from the dynamic tests for the
beams and columns, including the maximum reaction
(Rmax), stiffness (K), dynamic modulus of rupture
(MORd), and dynamic modulus of elasticity (MOEd).
Table 3: Properties of dynamic beams and columns

Specimen
B5
B6
C1
C2

(a

n

rame

(b)

an test specimen

Figure 2: ynamic test setup

2.3.2 R sults
Each test specimen was subjected to a predetermined
combination of pressure and impulse to achieve the
desired level of load demand. Figure 3 shows a typical
reflected pressure- and impulse-time histories recorded
for specimen B5.

Rmax
(kN)
153
169
145
158

K
(kN/mm)
5.9
5.5
5.1
5.1

MORd
(MPa)
50.7
56.0
-

MOEd
(MPa)
9,511
9,446
-

Unlike for static analysis, when dealing with dynamic
loading, the sum of reactions is not directly equal to the
resistance of the system [40]. The dynamic reaction of a
system as a function of time, V(t), subjected to four-point
bending under simply supported conditions can be
expressed using Equation (3).
𝑉(𝑡) = 0.525𝑅(𝑡) − 0.025𝐹(𝑡)

(3)

Where R(t) is the resistance as a function of time and F(t)
is the applied force as a function of time.
Not shown in Table 3 are the dynamic MOE and MOR for
the columns in order to avoid confusion. These strengths
are influenced by the axial load and would not correlate
directly to those obtained for the beam specimens. The
maximum resistance and stiffness of the columns reported
in Table 3 accounts for the secondary P-delta effects.
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Figure 4 shows the mid-span displacement and dynamic
reactions as a function of time for specimen C1. Due to
the energy imparted to the beams and columns during
dynamic loading, the specimens were generally
overwhelmed by the pressure and experienced severe
damage. This can be seen in Figure 4 where the
displacement continues to increase past the maximum
reaction.

Time (ms)
Displacement

Dynamic Reaction

Figure 4: ynamic reaction- an
histories or C

isplacement-time

Representative failure modes for both beams and columns
specimens are shown in Figures 5a and 5b, respectively.

Albeit similar to the flexural failure modes observed
under static loads, the damage of the beams under
dynamic loads was observed to be more severe due to the
greater energy imparted on the specimens. The columns,
as shown in Figure 5b, were observed to have significant
damage that was localized near the mid-span region.
Compression failure (i.e. buckling or “wrinkling” of wood
fibres) was observed on the compression side of the
columns.
Comparison between the strengths of the beams from the
dynamic tests (Table 3) and those obtained from static
tests (Table 1), shows an apparent increase in strength.

3 MATERIAL MODEL
3.1 Constituti

mat rial r lationshi

The flexural resistance of the glulam beams and columns
tested statically and dynamically can be modelled using
tension and compression strengths as input along with
their corresponding stress-strain relationship as shown in
Figure 6 [33, 34]. The tension behaviour is assumed to be
linear elastic with failure occurring at a stress ft,
corresponding to strain, εt. In compression, a bi-linear
relationship is assumed where the first portion is defined
by compression yielding at a stress fc, corresponding to a
strain, εcy. Beyond the compression yield strain, εcy, the
stress-strain relationship is described by a falling branch.
Buchanan [33] defined the slope to be a constant ratio, m,
of the modulus of elasticity, E.

Figure 6: tress-strain relationship or oo
When deriving a moment-curvature relationship of a
wood member, a phenomenon referred to as the stress
distribution effect needs to be considered [34]. In bending,
the stress at the extreme tension fibre is much greater than
that of axial tension alone. Adapted from Buchanan [33]
for the convention presented in Figure 7, the extreme
tension fibre stress, fm, can be obtained using Equation
(4).
𝑓𝑚 = [

(a) pecimen

(b) pecimen C

Figure 5: Representati e ynamic ailure mo es

ℎ − 𝑐 −1/𝑘3
𝑓𝑡
]
ℎ(1 + 𝑘3 )

(4)

Where h is the height of the cross section, c is the depth
of the neutral axis from the compressive face, k3 accounts
for the variability in strength properties within the depth
of a member, and ft is the tension strength of member.
From the stress-strain relationship established above and
Equation (4), the flexural behaviour is fully described by
generating a moment-curvature diagram. Since a closed –
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form solution is not possible, an excel Visual Basic for
Applications (VBA) program was developed to generate
moment-curvature relationships of rectangular crosssections.
For a defined material stress-strain relationship and a
given axial load, the program increases the bottom tensile
strain until failure is reached. This is defined as the level
where a) the stress at the extreme tension fibre exceeds
the maximum allowable stress defined in Equation (4), b)
the ultimate compression strain is exceeded, or c) the
equilibrium of the section cannot be reached.

and Lau [25] are the following, where: UCS is the
compressive yield strength, UTS is the ultimate tensile
strength, LUCS is the characteristic length for UCS, LUTS is
the characteristic length for UTS, dUCS is the characteristic
depth for UCS, dUTS is the characteristic depth for UTS,
k1 is the size effect parameter for length, and k2 is the size
effect parameter for depth.
Since the tested glulam beams were composed of five
layers of laminations, an average depth of 44.4 mm was
used. The equivalent stressed lengths for compression and
tension were determined using Equation (7).
𝑎1 𝑘1
𝐿 𝐿
𝐿𝑒 =
𝑘1 + 1
1+

For each tensile strain level, the program iterates on the
value of the compression zone until equilibrium of the
cross-section is satisfied. The moment and curvature are
then calculated and stored prior to moving to the next step
by increasing the tensile strain level.
3.2 MATERIAL PROPERTIES
Material properties defining the stress-strain relationship
can be obtained by conducting experimental tests or
simply by using published data [e.g. 25]. The latter, was
used successfully by Gentile [41] to determine input
strengths for his analysis. The input strengths for the
model were selected from the three-parameter Weibull
distributions for the tension and compression strengths of
Spruce-Pine-Fir, No.1/No.2, 38 mm x 89 mm dimensional
lumber along with the average experimental MOE
presented in Table 1. In order to account for the size
effects on the data obtained from Barrett and Lau [25], the
input strengths in tension and compression were modified
for length and depth effects. Equations (5) and (6) present
how size effects for compression and tension,
respectively, were accounted for [25, 41].
𝐿𝑈𝐶𝑆
𝑓𝑐 = 𝑈𝐶𝑆 (
)
𝐿𝑒𝑐
𝐿𝑈𝑇𝑆
𝑓𝑡 = 𝑈𝑇𝑆 (
)
𝐿𝑒𝑡

1⁄
𝑘1

1⁄
𝑘1

𝑑𝑈𝐶𝑆
(
)
𝑑
𝑑𝑈𝑇𝑆
(
)
𝑑

1⁄
𝑘2

1⁄
𝑘2

(5)

(6)

Where fc is the compressive material model input yield
strength, ft is the ultimate tension material model input
strength, Lec is the equivalent stressed length in
compression, Let is the equivalent stress length in tension,
and d is the depth of the section modelled. Furthermore,
required as inputs to Equations (5) and (6) from Barrett

Where Le is the equivalent stressed length, L is the span
of the beam, a1 is the distance between the two point loads,
and k1 is the length effect parameter.
Using the three-parameter Weibull point estimates, the
percentile rank was calculated, and it provided the
location within the strength distribution for the average
experimental MOE. Assuming a three-parameter Weibull
distribution for the tension and compression strengths,
UTS and UCS of 22.6 MPa and 27.3 MPa were obtained,
respectively.
In order to determine the effective stressed length and
input strengths, size effect parameters k1 and k2 of 5.9 and
4.8 were used for tension, while values of 10.0 and 9.1
were used for compression, respectively. The size effect
factors were obtained directly from Barret and Lau [25].
Finally, the compressive yield strength and tension
strength were determined to be 33.9 MPa and 31.1 MPa,
respectively using Equations (5) and (6).
3.3 MOMENT CURVATURE ANALYSIS
3.3.1 E
t o allin ran h
In order to perform the moment-curvature analysis, the
slope of falling branch needs to be determined. Buchanan
[33] and Plevris and Triantafillou [32] used values of 0.02
to model the falling branch whereas Gentile [41]
determined the value to be 0.17 from coupon tests. Figure
8 shows the effect of axial load on the moment-curvature
relationship for a falling branch ratio of m = 0.02.
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3.4 DEVELOPMENT OF RESISTANCE CURVES
The moment-curvature relationship was determined
assuming constant axial load levels. This approximation
is used because it simplifies the analysis and since the
observed drop in axial load was not very significant as
seen in Table 2. Future work will incorporate the effect of
variation in axial load on the analysis. The resistance
curves are then determined based on the beam or column
geometry, length of specimen, and loading type. Second
order effects caused by the axial load were accounted for
in the generation of the resistance-deflection relationship.
Figure 10 shows a comparison between the predicted
resistance curve and those measured experimentally under
static loads.
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From Figure 11, it can be seen that the axial load initially
slightly increases the stiffness when compared to the
resistance curve with no axial load.
Comparing the predicted resistance of the dynamic
resistance curve with no axial load shown in Figure 11 to
the average dynamic resistance reported in Table 3 yields
ratio of the material model resistance to that from
experimental dynamic average of 0.92. Similarly,
comparing the predicted failure displacement to the
experimental average for the case of zero axial load yields
a ratio of predicted to experimental of 0.90. The error in
prediction is most likely due to the input strengths which
were derived based literature values [25]. The accuracy of
the model is expected to be improved upon by conducting
coupon tests from the actual specimens.

4 DYNAMIC ANALYSIS AND RESULTS
4.1 E UIVALENT SDOF APPROACH

120
80
40
0

160

0

10
0

It can be seen that the fit is acceptable with predicted
versus experimental average ratio of 0.88 for ultimate
resistance and a ratio of 0.92 for ultimate displacement.
In order to determine the dynamic resistance curves, the
static tension and compression strengths obtained
previously were modified for high strain rate effects
according to the average increase observed during the
tests. The effect of axial load on the dynamic resistance
curves is shown in Figure 11.

Resistance (kN)

It can be seen that with increasing axial load there is
generally a loss in moment capacity and an increase in
curvature at failure.
Figure 9 shows the effect of the falling branch ratio for
values of 0.02 and 0.17 as reported in the literature. It can
be seen that the effect of the falling branch ratio is more
pronounced with increasing axial load. A value of m=0.1
has been assumed in the current study for the development
of the resistance curves. The assumed parameter was
selected to fall between the two published values and it is
expected that planned coupon tests will help refine this
value.
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The analysis of the dynamic properties of the beams and
columns were determined using an equivalent singledegree-of-freedom (SDOF) approach. The employment of
an equivalent SDOF system includes the selection of a
point from the real system where maximum deflection
occurs (e.g. mid-span) and lumping the mass, stiffness
and applied load at that selected point [40].
Transformation factors, which are developed based on the
assumed deflected shape, need to be included in the
equation of motion.
The displacement-time history can be obtained by solving
the equation of motion presented in Equation (8).
𝐾𝐿𝑀 𝑚𝑦̈ (𝑡) + 𝑅(𝑦) = 𝑃𝑅 (𝑡)𝐴

(8)
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Where KLM is the load-mass factor, m is the total mass of
the system including the LTD and glulam specimens, R(y)
is the dynamic resistance curve of the specimen, PR(t) is
the actual reflected pressure-time history, A is the
effective loaded area of the LTD, and ÿ (t) is the
acceleration.
Assumed in the SDOF analysis is that the LTD does not
contribute to the stiffness to the system.
4.2 SDOF RESULTS
The SDOF analyses were conducted using RCBlast [42]
which employs the average acceleration method to solve
the equation of motion shown in Equation (8). For the
beam specimens, the dynamic resistance curve with zero
axial load was used. As for the columns, a dynamic
resistance curve using the initial experimental applied
load for the specific specimens was used. Figures 12a
through 12d show a comparison between the predicted
displacements using a SDOF approach to that obtained
during the dynamic tests.
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e perimental isplacement

isplacement to

From Figure 12, it can be seen that the SDOF model using
the resistance curve from material input modified for high
strain rates captures reasonably well the maximum

displacement, time to maximum displacement and the
experimental displacement shape.

CONCLUSIONS
Preliminary results of an experimental program
investigating the dynamic behaviour of glulam beams and
columns under blast loading were presented. A total of
eight specimens were tested to failure under static and
simulated blast loads. Based on the two dynamic tests
conducted on the beams, an apparent increase in strength
from static to dynamic loading was observed.
An equivalent SDOF approach with a material predictive
model utilizing the compression and tension strengths as
input to develop moment-curvature relationships seemed
to predict maximum displacements, time to maximum
displacement and deflected shapes reasonably well.
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BEHAVIOUR OF FRP RETROFITTED GLUED LAMINATED GLULAM
BEAMS SUBJECTED TO SIMULATED BLAST LOADS
Dani l N. La roi and Ghasan Douda

2

ABSTRACT: Preliminary results from an experimental program investigating the behaviour of retrofitted glulam beams
subjected to static and dynamic loads are presented in this paper. The effect of glass fibre-reinforced-polymer (GFRP)
laminates applied on the tension side was investigated under both static and dynamic loading as a potential retrofit on
undamaged specimens. Furthermore, previously damaged beams were restored by applying GFRP confinement to the
damaged region. The experimental results showed that the capacity of the retrofitted beams was improved significantly
and the restored beams attained a significant level of their original dynamic capacity. Future work involves the
development of a material predictive model that can account for the high-strain rate effects as well as investigating more
retrofit options.
KEYWORDS: Glued laminated timber, Glulam, Blast loading, Retrofit, FRP, GFRP, Shock tube

1 INTRODUCTION 123
Enhancing the performance of existing buildings to meet
contemporary code design requirements through various
retrofitting techniques is now common practice in
structural engineering. For glulam members, such
techniques include reinforcing outer tension laminates
with steel bars [1, 2], addition of steel plates [3, 4] and
prestressing or post-tensioning [5, 6].
Recent advancements in manufacturing and reduction in
cost of Fibre Reinforced Polymers (FRP) have meant that
its application to enhance the performance of timber
members is now viable. The two most common types of
FRP are glass (GFRP) and carbon (CFRP) FRP. Most of
the research has so far focussed on adding FRP strips on
the tension side of flexural members such as bridge
girders [7, 8]. The long-term (i.e. creep) and fatigue
behaviour of FRP reinforced members have also been
investigated by various research studies [9-11].
An area in which little to no research has been conducted
is in high strain rate effects on FRP retrofitted glulam
beams subjected to blast loading [12]. During a blast
event, the load duration to which structural elements are
subjected is much shorter (in the order of milliseconds)
than that experienced during gravity, wind or earthquake
loads, and as such, inertia effects cannot be ignored in the
analysis [13]. While literature on using FRP to improve
the performance of timber members to blast loads is
currently lacking, studies on the use of FRP to enhance
the performance of other materials such as concrete are
available [e.g. 14-16].
1
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This paper presents preliminary results from a larger
experimental research program with an aim to investigate
the behaviour of CFRP and GFRP retrofitted glulam
beams subjected to simulated blast loading.

2 EXPERIMENTAL PROGRAM
2.1 GENERAL
The experimental program investigates the behaviour of
FRP retrofitted 137 mm x 222 mm x 2,500 mm glulam
members subjected to static and dynamic loadings.
Four different retrofit configurations were considered on
undamaged specimens, including a GFRP tension
laminate with and without full confinement, and U-shaped
GFRP and CFRP with partial confinement. Additionally,
three specimens, which were previously tested under
dynamic loads, were restored by confining the damaged
regions using GFRP and retested dynamically. Presented
in this paper are results for four beams retrofitted with two
external GFRP tension laminates; two of which were
tested statically and two dynamically in the shock tube
facility. Furthermore, results are presented from three
restored (previously damaged) specimens, which were
retrofitted and tested dynamically.
The specimens in this paper are identified with letters (B,
RB or DB) denoting whether the specimen is a beam,
retrofitted beam, or damaged beam that was restored and
retrofitted, and a number indicating the specimen test
sequence.
A unidirectional glass fabric, Tyfo SEH-51A from Fyfe
Co. was used to retrofit the test specimens. The four
undamaged beams consisted of two layers of externally
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bonded GFRP in the 0° direction relative to the wood
fibres on the tension face. The three restored specimens
were wrapped with two layers of externally bonded GFRP
in the 90° direction. Only partial confinement was
provided to the middle one-third of these specimens since
only that region was damaged during previous tests.
2.2 PREPARATION OF SPECIMENS
Prior to the application of the GFRP, several preparation
steps were required in order to attain adequate bond
between the wood and the FRP fabric. For the damaged
columns, it was required to smooth the damaged area and
remove any loose or broken wood splinters, as shown in
Figure 1a.

(a)

isting amage

Once the first FRP laminate was applied, the process was
repeated for the second laminate. The ribbed roller was
again used to align the FRP fibres, remove entrapped air
as well as adhere the two laminates together as well as to
the wood specimen. A similar methodology was used to
wrap the damaged specimens with two layers of FRP
confinement. Since the width of the FRP sheets covered
the entire damaged region, no horizontal overlap was
necessary.
2.3 STATIC TESTS
In order to develop a reference point for both the static
and dynamic tests, four beams without and two beams
with GFRP were tested to failure under third-point
loading with simply supported end conditions, as shown
in Figure 3. Obtained static data includes the ultimate
capacity, stiffness, ultimate deflection, and failure modes.

(b) Roun e e ges

Figure 1: reparation o specimens

Following the manufacturer’s specifications, the corners
of the specimens were rounded off using a router with a
30 mm radius as shown in Figure 1b. Once the surfaces of
the test specimens were prepared and corners rounded off,
the surfaces were lightly sandblasted in order to allow for
better penetration of the epoxy. Following the
sandblasting, saw dust was removed using an air
compressor and then cleaned using acetone. A two part
epoxy, Tyfo S Epoxy, was used to bond the FRP to the
wood surface. Prior to the application of the epoxy, it is
important to ensure that the wood surface contains no
surface moisture, since that would affect the bond quality
between the wood and FRP. Prior to its application, each
FRP strip was saturated with epoxy on both sides to
ensure proper adhesion. A ribbed steel roller was then
used to properly align the fibres and release entrapped air,
as shown in Figure 2.

Figure 3: tatic test setup

The static load was applied using a hydraulic jack that
transferred the load through a steel I-beam. The reactions
were measured with two load cells placed at the member
bearing points while ensuring free rotation at the supports.
Mid-span deflection was measured using a wire gauge
attached to the bottom face of the specimen. A total of five
strain gauges were placed on the retrofitted beams in order
to obtain a full strain-time history profile of the beam
response. Two strain gauges were placed on the exterior
of the FRP laminates at the bottom (tension) face of the
beam, two additional strain gauges were placed on the
side face measuring the wood tensile strain, and one strain
gauge was located on the top (compression) face of the
wood beam. Two strain gauges were placed on beams
with no FRP; one on the top face and another on the
bottom face of the beam. A data acquisition system
recorded the data from the load cells, wire gauge and
strain gauges at a sample rate of 10 samples per second.
2.4 DYNAMIC TESTS

Figure 2: R application process

A total of four beams, two without and two with GFRP,
were subjected to simulated blast loading through the use
of the University of Ottawa’s Shock Tube as shown in
Figure 4. A shock wave similar to that generated during
detonations is simulated through the quick release of
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compressed air added in the driver section. The shock
front then travels through the 6,096 mm expansion section
and interacts with the specimen or surface at the end
frame.

dynamic tests in order to reduce the number of unknown
variables. The pressure was measured using two
piezoelectric pressure sensors near the end of the side and
bottom walls of the expansion section. The beam support
conditions were identical to those in the static testing, and
load cells were used to measure the dynamic reactions.
Strain- and displacement-time histories at the member
mid-span were measured using strain gauges and a linear
variable displacement transducer (LVDT), respectively.
The dynamic response of the specimens were recorded by
a high-speed camera at a rate of 500 frames per second.

3 EXPERIMENTAL RESULTS
Dri r s tion

E ansion
s tion

Figure 4: hock u e

The opening of the end frame is 2,032 mm x 2,032 mm,
which allows for the testing of large or full-scale
specimens. The maximum reflected pressures and
impulses that can be achieved by the shock tube are 100
kPa and 2,200 kPa-ms, respectively. The pressure at the
end of the expansion section is collected by a load transfer
device (LTD) and transferred to the test specimens at the
third points of the member span, as shown in Figure 5.

3.1 STATIC TESTS
A summary of the static tests results is presented in Table
1. The results include maximum resistance (Rmax),
stiffness (K), and deflection at ultimate resistance (Δmax).
The stiffness was determined as the slope of a line
connecting the points of 10% to 40% of ultimate load, as
obtained from the experimental load-deflection curve.
Table 1: Static test results

B1
B2
B3
B4

Rmax
(kN)
131.2
161.5
132.1
141.7

K
(kN/mm)
5.83
6.41
6.23
5.60

Δmax
(mm)
22.5
25.2
21.2
25.3

Average

141.6

6.02

23.5

RB1
RB2

196.7
186.2

6.45
6.75

32.9
28.9

Average

191.5

6.60

30.9

Specimen

From Table 1 it can be seen that an average increase of
1.35 and 1.31, respectively, is observed when comparing
the resistance and ultimate deflection of the retrofitted
beams relative to the non-retrofitted beams. The
reinforcement ratio, defined as the ratio of the FRP
thickness to depth of glulam section, was only 1%, yet it
seemed to provide a significant increase in ultimate
capacity and displacement. Figure 6 shows a
representative failure mode of the retrofitted beams.

Figure 5: ynamic test setup

The LTD, which is equipped with slotted hinges, can
freely displace up to deflections of 200 mm. While the
LTD adds no stiffness to the system, its mass cannot be
neglected when conducting dynamic analysis as it would
significantly affect the results. Loading pattern, boundary
conditions, and spans were kept constant in both static and

Figure 6: tatic ailure o R
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It was observed that the beams failed in tension followed
by debonding of the GFRP.
Figure 7 shows the static resistance as a function of
displacement for the unretrofitted and retrofitted beams. It
can be seen that while the reinforcement provided an
increase in ultimate capacity and displacement, there was
no noticeable increase in stiffness in comparison to the
non-retrofitted beams.

52.2
68.8

IR
(kPa-ms)
548
492

577
727

Rmax
(kN)

K
(kN/mm)

ΔRmax
(mm)

156
215

5.65
6.75

27.4
33.6

153
169

5.9
5.5

25.9
30.8

(1)

𝑉(𝑡) = 0.525𝑅(𝑡) − 0.025𝐹(𝑡)
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Figure 7: tatic resistance isplacement

Figure 8 shows a strain profile at four different loading
stages for RB1.
228
152
76

Where V(t) is the measured dynamic reactions, R(t) is the
resistance as a function of time and F(t) is the measured
reflected pressure as a function of time.
Specimen RB3, which was the first retrofitted specimen
to be tested dynamically, was subjected to a pressureimpulse combination similar to the non-retrofitted beams.
A displacement-time history of RB3 is shown in Figure 9
along with the recorded reflected pressure.
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100

Height above tension face
(mm)
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RB3
RB4

PR
(kPa)
50.2
53.2

When conducting dynamic analysis, the sum of dynamic
reactions is not directly equal to the resistance of the
system [13]. The dynamic resistance of the beams was
determined using Equation (1).
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Table 2: Dynamic test results of beams
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Figure 8: tatic strain pro ile o R

0.50 Pmax
Pmax

at arious loa ing stages

From Figure 8, it can be seen that the distribution of the
strain along the depth of the beam is linear until the
maximum applied force is reached, after which, the
compression side starts yielding.
3.2 DYNAMIC TESTS
3.2.1 R tro itt d ams
A total of four beams, two retrofitted and two nonretrofitted, were tested dynamically by subjecting each
beam to a combination of pressure and impulse. Results
such as maximum reflected pressure (PR), maximum
impulse associated with the positive pressure phase (IR),
maximum resistance (Rmax), stiffness (K), and deflection
at maximum reaction (ΔRmax) are presented in Table 2.

Figure 9: isplacement- an pressure-time histories or R

From Table 2, it can be seen that while the maximum
recorded resistance of RB3 occurred at a displacement of
27.4 mm, the maximum displacement was recorded at 95
mm (Figure 9). The beam almost fully recovered the
displacement and returned to near its original position.
From Figure 10, it can be seen that the initial fracture in
the RB3 specimen occurred at approximately 10
milliseconds from the time the pressure was applied. This
is indicated by the drop in strain as recorded on the glulam
side face. Following the initial wood fracture, the strain
gauge recording the tensile strain in the wood beam
stopped registering any increase in strain values, whereas,
the strain gauges located on the FRP registered their peak
values at approximately the same time as the beam
reaching its peak displacement. The strain readings from
the FRP and wood compression strain gauges can also be
seen to return to zero.
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Figure 10: train-time history o R

Figure 11a shows RB3 at maximum displacement as
captured through the high-speed camera while Figure 11b
shows the extent of damage experienced by the timber
member after the test.
It can be noted that although the ultimate deflection during
the dynamic test well exceeds that recorded during the
static tests, the damage is significantly less. The level of
loading induced to RB3 was significant enough to cause a
tension failure in the wood but not enough to cause a
delamination or rupture of the FRP as observed in the
static tests.
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of 1.12 and 1.09 was observed when comparing RB4 to
the retrofitted beams tested statically (i.e. RB1 and RB2).
Figure 12 shows a displacement- and pressure-time
response of RB4. The beam was overwhelmed by the
pressure-impulse combination as indicated by the
displacement reaching the maximum LVDT stroke near
300 mm lateral displacement.
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-20
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Figure 12: isplacement- an pressure-time histories or R

The strain-time response of RB4 is shown in Figure 13
where it can be seen that all four strain gauges reached
their peak at approximately the same time, between 10
and 15 milliseconds.
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Figure 11: pecimen R

(b) amage

uring an a ter ynamic test

The second retrofitted beam tested dynamically, RB4,
was subjected to a combination of pressure-impulse that
was significantly higher than that RB3 was exposed to
(Table 2). An increase in resistance and failure deflection

The severity of the damage observed in beam RB4 is
illustrated in Figure 14. Similar failure characteristics to
those observed during the static testing can be seen,
including the simple tension failure of the outer laminates
of the glulam beam followed by delamination of the
external layer of FRP. Due to the nature of the loading and
the greater energy imparted to the specimen, complete
failure of the section was observed.
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Understanding the failure mechanism of this basic retrofit
under both static and dynamic loads will help in the
assessment of the performance of other retrofits currently
being investigated by the authors.
3.2.2 R tro it o r iously dama d olumns
Table 3 presents the dynamic results of the three restored
specimens in which the specimens previously experienced
significant level of damage but did not ultimately fail. The
maximum reflected pressure (PR), impulse associated
with the positive phase (IR), maximum resistance (Rmax),
and deflection (ΔRmax) at the time of maximum resistance
are presented in Table 3.
Table 3: Dynamic test results of restored beams

Specimen
DB1
DB2
DB3
(b) Close-up o mi -span

Figure 14: amage o R

Similar to the static failure mode, the delamination of the
GFRP strip was caused by a tensile failure that occurs in
the glulam beam as shown in Figure 15. Figure 15a shows
the initial fracture occurring in the glulam beam, while
Figure 15b shows that the delamination of the GFRP
caused by the wood pushing outwards on the GFRP strip.

48.6
41.2
58.6

IR
(kPa-ms)

475
419
521

Rmax
(kN)
67.6
91.9
93.1

ΔRmax
(mm)
19.5
23.7
42.8

From Table 3, it can be seen that the restored beams were
subjected to slightly lower combinations of pressure and
impulse as B5 and B6 shown in Table 2. The maximum
resistance of the restored beams was determined to be
approximately 60% of the same beams’ dynamic
resistance (based on initial testing of the same beams).
The beams were observed to experience significant lateral
displacement as shown in Figure 16.
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(a) lo al ailure
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0
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100
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Figure 16: isplacement-time histories or pre iously
amage columns

Maximum displacements of 121 mm, 76.8 mm, and 161
mm were observed for DB1, DB2, DB3, respectively,
along with significant residual displacements. Figure 17
shows the final deflected shape of beams DB2 and DB3.

(a) nitial racture o

oo

(b) e on ing o

Figure 15: ynamic e on ing se uence o

R

R
or R
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is significant compression failure (e.g. wrinkling of the
fibres) with little to no additional crack propagation
anywhere else.
The tearing of the GFRP observed in Figures 17 and 18
was expected due to the fact that FRP was used to confine
the beam and not to strengthen the tension laminates.
Future research will investigate adding FRP layers to the
tension side in addition to the wrapping, and the use of
FRP with fibres in two orthogonal directions.

4 CONCLUSIONS AND FUTURE WORK

(a)

(b)

Figure 17: amage o restore

eams

The damage was contained to a limited region of the
beams. A closer look at the failure region of the retrofitted
column is shown in Figure 18 for DB3.

Preliminary results from an experimental program
investigating the behaviour of retrofitted glulam beams
subjected to static and dynamic loads were presented.
GFRP laminates applied on the tension side was
investigated as a potential retrofit on undamaged
specimens. A GFRP confinement was also applied to
previously damaged beams. Adding two layers of GFRP
to the tension side of the beams (1% reinforcement)
significantly increased the capacity but had no effect on
the stiffness. The failure mode was characterized by a
tension failure followed by a delamination of the GFRP.
The restored specimens attained a significant capacity,
based on applying confinement only. The damage was
found to be limited to a relatively small region with
significant compression failure.
Future work involves modelling of the sections using a
material model that can account for the high-strain rate
effects as well as investigating more retrofit options that
have the potential to provide high energy absorption as
well as ductility.
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WOODEN GIRDERS WITH ADHESIVE CONNECTIONS
Leander Bathon1, Friedemann Diehl2, Oliver Bletz-Mühldorfer2, Jens Schmidt2,
Michael Weil2
ABSTRACT: In timber engineering, openings are often used in glulam beams of commercial buildings to allow for
pipe installations. This paper deals with “open web” girders in timber construction. The connections within the girders
were made with the wood-steel-adhesive connections system (HSK-system).

KEYWORDS: timber, steel, glued connections, truss, Vierendeel

1 INTRODUCTION 123
In timber engineering the roof structures of halls are
often built by glulam beams. Mostly these solid wall
beams have to be perforated with openings to allow
cables or ventilation tubes to be installed. These
openings have an effect on the structural integrity. In
trusses, numerous open areas supersede subsequent
openings, without unnecessarily increasing the enclosed
space of the building. This paper deals with a classical
truss and a girder that was inspired by the Vierendeel
girder. For the connections between the different parts,
the wood-steel adhesive composite system was used in
both systems. This “HSK-system” is subject of the
technical approval Z-9.1-770 [4].

2 LOAD BEARING OF DIFFERENT
GIRDERS
Trusses usually consist of members which are arranged
in multiple triangular units. Because of the articulated
connection of the individual members, these are only
stressed by tension and compression. Trusses are very
efficient and offer lower weight and lower material
consumption compared to solid wall beams. A
distinction of different design variants is mostly made
according to the outer form (e.g. trusses with parallel
chords, trapezoidal trusses...) or the number of the wood
cross sections (one-piece or multi-piece wood cross
1

Professor Leander Bathon, Hochschule RheinMain,
University of Applied Sciences Wiesbaden Rüsselsheim, KurtSchumacher-Ring 18, 65197 Wiesbaden, Germany. Email:
bathon@t-online.de
2
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and Michael Weil, Hochschule RheinMain, University of
Applied Sciences Wiesbaden Rüsselsheim, Kurt-SchumacherRing 18, 65197 Wiesbaden, Germany. Email: holzbaulaborfab@hs-rm.de

sections). Often visible trusses are realized with onepiece wood cross sections by using multishear steelwood-connections with dowel pins.
In this linkages the cross-sections are however weakened
by the necessary holes for the pin dowels. In addition,
the cross section dimensions are mostly large, because
the minimum distance between the dowel pins has to be
observed.
Two different truss systems were investigated in a
research project sponsored by the BMBF (Federal
Ministry of Education and Research) [1]. The R & D
project was carried out under the lead of the University
of Applied Sciences Wiesbaden in cooperation with
several partners from economy (Holzbau Gröber GmbH,
Pollmann & Sohn GmbH & Co. KG, Henkel & Cie.
AG), Warenhandel Ulrich Lübbert GmbH & Co. KG,
Ticomtec GmbH) and science (University of Stuttgart ILEK). Both of the investigated trusses were girders with
parallel chords with one-piece wood cross sections. The
construction should be designed without visible
connections here. In the nodes, the wood-steel adhesive
composite system was applied in accordance with
approval Z-9.1-770. This way, the wood components’
degree of utilization and thus the efficiency of the
structure should be increased.
To calculate the ultimate load capacity of the trusses the
internal forces were determined in 2D frameworks. The
connections from diagonals and verticals to the chords
were modelled by pin joints. Present torsional spring
stiffness, which is produced by the glued-in HSKconnectors, was neglected. For a simplified calculation,
it had been necessary that the system lines of the
members match with the axes of the cross sections and
meet in the nodes.
To calculate the linkages, the glued-in perforated steel
plates (HSK-connectors) were divided into multiple
connection surfaces, such as in the calculation of nail
plates. A connection surface is related to each attached
member. The balance point of the respective connection
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surface is determined by the arrangement of adhesive
dowels, respectively by the arrangement of holes in the
HSK-connectors. The calculated internal forces from the
2D framework attack on the connection surfaces. If there
are eccentricities from the balance points of the
connections to the system lines, these have to be
included.
Figure 1 shows the moment curves of the different truss
systems, which were investigated. The outer dimensions
of the systems are identical. The chords are continuous
in both versions. While in the first system all diagonals
are stressed by tension and posts by compression, in the
second system the diagonals are stressed by tension and
compression. The members are connected with pin joints
in both models.

Figure 1: moment diagrams of different truss systems

Another “open web” system is the Vierendeel girder.
Contrary to usual trusses, the members are not arranged
in triangles but in rectangles here. The rectangular
openings within these girders of course are well suited
for ventilation pipes, for example. To establish nondeformable rectangles, the members have to be
connected rigidly to each other. With the HSK-system it
is possible to create connections which are nearly hidden
and also offer the possibility to build rigid but ductile
connections. The difference to traditional trusses
becomes apparent when viewing the moment curves
(Figure 1 and 2). In Vierendeel girders all members have
to transfer bending moments.

Because about the half of the web was replaced by large
openings, the structure was called "half-web-truss".
Figure 3 shows the finite element model of the
developed structure and the calculated deformation
figure in excessive illustration.

Figure 3: half-web-girder [3]

The verification for the linkages of the trusses as well as
of the half-web-girders is provided in accordance with
approval Z-9.1-770 [4]. It contains proof of the
perforated steel plates, the evidence of wood at the
connection points and the proof of the adhesive. The
evidence for wood and steel can be performed according
to the known rules of timber and steel construction. For
the evidence of the adhesive a characteristic capacity Rk
is allocated to any glue dowel in approval Z-9.1-770.
This characteristic capacity is reduced by modification
factor kmod and partial safety factor γm. The resulting
rated value of resistance is compared with the rated
value of stress.
Figure 4 shows an idealized qualitative comparison of
the load behavior of connections with mechanical and
glued connection means. Compared to the mechanical
connection, for the glued connection the much steeper
increase in the working line (with a resulting large slip
modulus), as well as the higher ultimate load capacity
level are clearly visible. The represented large
displacements on fracture load level (ductility) can occur
in both connections, in case the adjustment of the
connection system causes a failure of the metal cross
section.

Figure 2: moment diagram of a Vierendeel girder

The idea was to develop a Vierendeel girder in timber
construction in a research project [2] at the RheinMain
University in Wiesbaden, using the HSK-system. The R
& D project was carried out in cooperation with
HessTimber GmbH & Co.KG. In order to get
comparable results, the same outer dimensions as of the
trusses were chosen. A 2D framework model and a finite
element model were used for the dimensioning. The
calculation models showed that very wide members
would be required to generate rigid nodes of a
Vierendeel girder. For this reason the system was
adapted to the needs of timber construction. Plates made
of CLT were used instead of the vertical members.

Figure 4: qualitative comparison of working lines
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3 CONSTRUCTION
3.1 CONSTRUCTION OF TRUSS GIRDERS
The dimensioning of the truss girder was realized with a
framework model. A girder length of 11.1 m and a
height of 1.26 m was chosen due to the existing test
bench. For the dimensioning, a line load of 11.6 kN/m
was used, which corresponds to a load in the building at
a center distance of about 6 m. The connections were
then designed for the calculated internal forces. For all
components of the truss girder glulam of strength class
GL 24 h was used. Table 1 shows the dimensions of the
individual members.
Figure 6: connection between chords and diagonals

Table 1: dimensions of the truss girders

element
upper chord
bottom chord
diagonals

width (mm)
120
120
120

height (mm)
160
160
100

Extensive theoretical and practical investigations were
carried out to verify the applicability of the HSK-system
in trusses. Different adhesive systems, perforated steel
plates and gluing situations were tested. In addition, the
connection has been tested under static, cyclic and
climatic conditions (Figure 5). With the obtained
findings, HSK-connections can be designed in a way,
which ensures that a failure of the perforated steel plate
occurs on the ultimate load capacity level. This way, a
global failure of a girder is heralded by a large increase
of deformation as a result of the HSK-connector’s
ductility.

A guide to the assembly of trusses was written to ensure
a high-quality production. It also contains an injection
plan for the injection of the adhesive, which illustrates
the arrangement of injection holes and de-airing holes.
Figure 7 shows an excerpt of the injection plan. The
truss was laid down for assembling. In the shown node
the adhesive was then injected from the outside into the
chord until it escaped out of the de-airing holes. This
way, the connection could be filled completely without
enclosing air bubbles.

Figure 7: excerpt of the injection plan

For the production documentation, a protocol was
created, which contains the most important data. This
includes information on the materials used and their
source area as well as the assembly conditions during
gluing, such as temperature, moisture, and durability of
the adhesive.
Figure 5: connection test under climatic conditions

The connections were made with 1 to 3 glued-in
perforated steel plates (HSK-connectors) per node. One
connection is shown in Figure 6 as an example.
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positioning of the HSK-connectors during the gluing
process was examined. For example, stampings were
applied on the perforated steel plates here, which center
the connectors within the kerfs. Like for the trusses, the
production process for the half-web-girders was
examined to secure a high-quality production.

Figure 8: connection between chords and diagonals

Figure 8 shows how the two-component adhesive is
injected over the chord into the linkage. The adhesive is
handled by using a pneumatic adhesive gun and a static
mixer which ensures a uniform mixture.
3.2 CONSTRUCTION OF HALF-WEB-GIRDERS
To compare the developed half-web-girder with the
tested truss girders, the external dimensions of 11.1 m
length and 1.26 m height as well as the design load of
11.6 kN/m have been maintained. A framework model
and a finite element model were used for the
dimensioning.
While glulam of strength class GL 32 h was used for
upper and lower chords, cross laminated timber (CLT)
was used for the web plates. The dimensions of the
components are listed in table 2. The connection
between the chords and the individual plates of the web
was realized with HSK-connectors, which were glued in
centrally into the web plates (Figure 9).

Figure 10: assembling of a half-web-girder

Figure 10 shows how the chords are united with the web
plates. The HSK-connectors were arranged in the corner
regions of these web plates. After uniting the
components they were braced with each other. Then the
linkages were glued by injection (Figure 11). The
injection was carried out perpendicular to the plane of
the perforated steel plates.
In comparison to the trusses, the bigger upper chord can
be seen in Figure 11 (see table 1 and 2), which is
required because in this system the chords are forced
with higher bending stresses as in trusses. Overall the
half-web-girder is a system with a double-T cross
section, whose web is interrupted at regular intervals by
large openings.

Figure 9: connection from web plates to chords

Table 2: dimensions of the half-web-girders

element
upper chord
bottom chord
web plates

width (mm)
160
160
61

height (mm)
260
160
840

Numerous experiments were carried out to realize the
production of the half-web-girders. The best way to
inject the glue and how to ensure the accurate

Figure 11: injection of glue into a half-web-girder
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4 LOAD TESTS
4.1 LOAD TESTS ON TRUSS GIRDERS
The two different truss systems were examined in 4point bending tests on their load capacity. While the load
was applied, the deflection in the middle of the field and
different relative displacements were measured. Figure
12 and Figure 13 show the two truss systems on the test
bench.

Figure 14: local steel failure in a pin joint

Figure 12: truss girder, system 1

The capacity of the two truss systems amounted to about
250 kN. The tests showed that truss system 2
(6 specimens) was slightly stiffer than truss system 1
(8 specimens), though less material was used. The total
stiffness of both systems was approximately
13 · 108 kNcm2. That is roughly equivalent to a crosssection of glulam of class GL24h with 12 cm width and
104 cm height. The load-deformation curves are shown
in Figure 15. The results of the short-time load tests are
summarized in table 3.

Figure 13: truss girder, system 2

The failure of the specimens was a local steel failure in
the pin joint (Figure 14). This is also confirmed by the
measurements at the corresponding points. Moreover
there also was a secondary global failure within the
wood after the steel failure occured.

Figure 15: load-deflection curves of truss girders

A test stand was built for the long-time investigation of
load bearing behavior of the tested specimens at the
RheinMain University. Here two trusses have been
charged with a permanent load. Through the roofing of
the trusses the service class 2 is present in accordance
with DIN EN 1995-1-1.
Altogether 10 tanks filled with approximately 1000 liters
were used for load application (Figure 16). This
corresponds to a total load of about 50 kN per truss.
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The monitoring of the test includes following
measurements in detail:
• continuous recording of humidity and air temperature
• regular measurement of deflection
• regular measurement of wood moisture
• regular visual inspection of the HSK-connections

Figure 18: connection between chords and plates

Figure 16: long-time behavior

Since the measurement started in March 2014, an
increase of deformation was measured up to 11 mm
(Figure 17). The monitoring will be continued for
several months. It is expected, that the permanent load
affects the load capacity and rigidity of the trusses. The
influence will be assessed in reference to the measured
values.

To evaluate the tests, up to 30 inductive displacement
transducers were installed at each of the three tested
specimens. With these, the deflection of the girders was
detected in the middle of the field and in the vicinity of
the load application. Also the deformations between the
chords and the web plates were measured in the area of
the HSK-connectors. In addition, the distortions of the
outer web plates were measured with crosswise-arranged
displacement transducers (Figure 19). The measured
values were used to evaluate the created 2D framework
model, which was used for the dimensioning of the
girders.

Figure 17: increase of deflection in long-time test
Figure 19: measurement attached to the shear area

4.2 LOAD TESTS ON HALF-WEB-GIRDERS
Figure 18 shows a half-web-girder during the short-time
load test. It should be noted, that the girder has to be
protected against tipping over in such test stands. This is
achieved through mounting four brackets as shown in the
following picture.

It turned out that the connections between the chords and
the web plates were very stiff. Here only minor
deformations of less than 0.1 mm occurred. The tested
specimens failed in different areas. There were several
cracks in the upper and lower chords. The paths of
cracks suggested influences from tension perpendicular
to the grain and shearing in blocks. Such a shearing in
blocks is shown in Figure 20, for example.
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Figure 22: load-deflection curves of half-web-girders [3]
Figure 20: shearing in blocks

In addition, the yielding of steel was observed in the area
of the HSK-connectors. Here it could be seen, that the
circular holes were deformed to ovals. This way, a
ductile connection could be produced on purpose
(Figure 21).

5 CONCLUSIONS
Two different wooden girders with glued-in HSKconnectors were developed. The investigated systems
were tested under the same conditions. The outer
dimensions of the girders of 11.1 m length and 1.26 m
height as well as the design load of 11.6 kN/m have been
maintained. In comparison, the truss could absorb
significantly higher loads than the tested half-webgirders. Even the stiffness of the truss was higher (table
3).
Table 3: conclusion of test results

system
truss girder, system 1
truss girder, system 2
half-web-girder

Figure 21: yielding of steel

The average capacity of the three tested half-web-girders
amounted to 169 kN with a deflection in middle of the
field of approx. 50 mm. The stiffness amounted to
8.7 · 108 kNcm2 in the linear elastic sector. That is
roughly equivalent to a cross-section of glulam of class
GL24h with 12 cm width and 91 cm height. The loaddeflection curves of the specimens are shown in
Figure 22. The deflection, the mean of the load and the
calculated stiffness of the two specimen types are
summarized in table 3.

mean
deflection
(mm)
56
45
50

mean
load
(kN)
253
252
169

stiffness
(kNcm²)
12.5 · 108
13.8 · 108
8.7 · 108

Although the truss is the more efficient girder system, a
reduction of weight in comparison to the solid wall
glulam beams was achieved by the half-web-girders, too.
About 300 kg of glulam were used for each of the tested
trusses, while for the half-web-girders about 500 kg of
glulam and cross-laminated timber were used.
Both systems can be used in commercial applications,
provided that the connections have been designed in
accordance with the technical approval of the HSKsystem. The benefit of the classic truss girder consists in
high load capacity, high stiffness and low weight. The
benefit of the half-web-girder consists in simpler
production and big rectangular openings.
Numerous lines and ventilation pipes mostly are
installed especially in commercial buildings. In such
buildings, you might want to use trusses or the
developed half-web-girder instead of modified and
weakened glulam beams. The presented girders were
examined in the context of two different research
projects at the RheinMain University in Wiesbaden
(Germany). The load bearing capacity and deflection
behavior of the systems were tested. In addition, the
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production was tested for both systems. Important notes
for production were made to give assistance to potential
users.
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EXPERIMENTAL TEST OF CROSS LAMINATED TIMBER
CONNECTIONS UNDER BI-DIRECTIONAL LOADING
Jingjing Liu1, Frank Lam2
ABSTRACT: This paper presents results of an experimental study of commonly used angle bracket and hold-down
connections in Cross Laminated Timber (CLT) wall systems under bi-directional loading. Monotonic and cyclic tests of
the connections were carried out in one direction, while different levels of constant force were simultaneously applied in
a perpendicular direction. The experiment aims to consider the combined and coupling effect of loads for connections in
a rocking CLT shear wall system. Key mechanical characteristics of those connections were calculated, evaluated and
discussed. The results show that shear and tension actions for hold-downs are quite independent but strongly coupled for
angle brackets. The study gives a better understanding of hysteretic behaviour of CLT connections, and provides reliable
data for future numerical analysis of CLT structures.
KEYWORDS: Cross Laminated Timber, CLT connections, Experimental test, Bi-directional loading

1 INTRODUCTION 123
Since its commercial introduction, the use of Cross
Laminated Timber has increased steadily in Europe and
North America. The positive attributes of CLT include
relatively high dimensional stability and load carrying
capacity compared to conventional wood products. Also
novel design and building options are available as
prefabricated CLT panels can be made as large as 18 m
by 3 m by 0.5 m.
There has been quite a few CLT research on the
component level and structural level. For example, inplane cyclic tests on CLT walls were carried out in Italy
[1]. A shake table test of a seven-story CLT building was
tested in Japan on E-defense [2]. Those studies show that
CLT panels are relatively rigid in shear wall applications.
Most of the deformation happens at metal connectors
instead of the wood, dominated by rocking and slip
mechanisms; connection details have significant effect on
the lateral resistant performance of CLT panels. The
typical connections, hold-downs and angle brackets are
located at the base and the top/bottom of walls. They can
be designed to deform plastically to provide certain
ductility in the building. How to accurately evaluate the
seismic behavior of these connections remains a critical
question for the safe and economical design of CLT
buildings.
The analytical procedures developed by former
researchers for the hysteretic behaviour of connectors at
the base have considered two major mechanisms, slip and
rocking, independently [3]. A typical design practice in
1

Jingjing Liu, The University of British Columbia, Vancouver,
BC, Canada, jingjing.liu@ubc.ca
2
Frank Lam, The University of British Columbia, Vancouver,
BC, Canada, frank.lam@ubc.ca

North America is that, entire shear force along the CLT
wall is assumed to be carried by the angle brackets and the
hold-downs take the wall uplift. It is usually assumed that,
the slip only occurs at the brackets while the rocking at
the hold-downs. Hold-downs and angle brackets loaded in
either shear or tension have been tested under such
assumptions [4]. However, recent research proved that
hold-downs also contribute to the shear strength [5]. In
reality slip and rocking are not uncoupled but act
interactively. Under complex stress conditions, the shear
stiffness and axial stiffness of connectors are coupled.
Besides, we found that the out-of-plane stiffness of the
connectors contribute to the global stiffness of the
structures from a set of 3D numerical analyses. Previous
simplified methods cannot accurately reflect the real
behaviour of the connections. In this study, we carried out
monotonic and cyclic tests of CLT connections under bidirection loading, shear and tension, and under out-ofplane lateral loading to obtain a more thorough
understanding of the behaviour of these connections.

2 TEST
The experiments on typical CLT connections included
two parts, hold-down connection tests and angle bracket
connection tests. Steel base-panel connections were tested,
representing the wall panels to foundations. Both holddown and angle bracket tests were performed under bidirectional monotonic and cyclic loading, shear and
tension. They were also performed under out-of-plane
lateral loading.
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2.1 CONFIGURATIONS
Table 1 gives the test configurations of the hold-down
connections and angle bracket connections. The holddown connections were tested under monotonic/cyclic inplane tension loading with 3 levels of in-plane shear load
(0 kN, 10 kN, 20 kN), and monotonic/cyclic in-plane
shear loading with 5 levels of in-plane tension load (0 kN,
20 kN, 30 kN, 40 kN, 60 kN). The angle bracket
connections were tested under monotonic/cyclic in-plane
tension loading with 4 levels of in-plane shear load (0 kN,
20 kN, 30 kN, 40 kN), and monotonic/cyclic in-plane
shear loading with 4 levels of in-plane tension load (0 kN,
20 kN, 30 kN, 40 kN). For each in-plane configuration,
one monotonic and three/six cyclic tests were performed.
For each out-of-plane configuration, three monotonic
tests were performed. In total, 106 tests were performed.
Table 1: Test schema for connections

Test configuration

restrained movement (timber-foundation contact) in
compression direction [6].
2.2 MATERIALS
For CLT panels, 5-layer panels made of graded No. 1/2
SPF lumber and with a thickness of 169 mm were used.
They were manufactured at Structurlam Products Ltd. in
Canada. Figure 1 shows the dimensions of CLT
specimens. HTT5 (hold-down) and AE116 (angle bracket)
from Simpson Strongtie Company were tested. Anker
annular ringed nail CNA 4×60 mm were used. The
configuration of the fasteners and connectors are shown
in Figure 2. Each hold-down connection used one WHT
540 hold down with 1 Φ 16 bolt and 12 annular ringed
nails (Φ 4×60 mm, type Anker) on both sides. Each
angle bracket connection used one AE116 angle bracket
with 3 Φ 12 bolts and 11 annular ringed nails (Φ 4×60
mm, type Anker) on both sides.

Loading type
in-plane shear and
in-plane tension:
one direction
dead load,
the other direction
cyclic/monotonic loading

100

450
500

600

169

169

75

450
600

75

100

in-plane tension:
dead load
out-of-plane shear:
monotonic loading

350

450

169

in-plane shear and
in-plane tension:
one direction
dead load,
the other direction
cyclic/monotonic loading

169

75

450
600

75

Figure 1: Hold-down specimen (top); Angle bracket specimen
(bottom)

in-plane tension:
dead load
out-of-plane shear:
monotonic loading

All shear tests were conducted using a reversed cyclic
procedure with predefined yield values varied from
configuration to
configuration, depending on
experimental yield values obtained from monotonic tests.
All tension tests were subjected to a non-reversed
modification of the procedure outlined in EN12512 due to

Figure 2: CAN 4X60 nail (left); HTT5 hold-down (middle);
AE116 angle bracket (right)
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2.3 SETUPS

2.4 LOADING PROTOCOL

Under bi-directional loading, the specimen will slip due
to the shear force, resulting that the tension force will be
loaded eccentrically. We used a long steel cable (1 m) to
connect the load cell and the specimen. The angle between
the cable and the vertical direction would not exceed 5°,
which mitigates the eccentric effect. The shear force will
cause a turning moment since it is located above the
bottom of the specimen. Figure 3 shows the mechanism
when calculating the forces at the hold-downs and angle
brackets.

Constant load was applied on the specimens first. It was
adjusted during the cyclic test according to the bidirectional loading mechanism. Modified procedure for
cyclic testing of joints made with mechanical fasteners
prescribed by EN12512 (2001) was followed in all tests
(Figure 5), with input displacement rate 0.8 mm/s so that
a duration of each test did not exceed the time limit of 30
min. Monotonic tests were carried out by displacement
controlled ramping at a loading rate 0.2 mm/s. Specimens
were stored and tested under controlled conditions with
50% Relative Humidity and 20°C.

⎧ FS  FRx = 0
⎪
⎨ FT + Fy  FRy =0
⎪
⎩ FS  d + FT  L / 2  FRx  d / 2  FRy  L / 2  M R = 0
FRx = FS , FRy = FT + FS  d / L
FT

FS

Figure 5: Input displacements for cyclic testing of connections
with mechanical fasteners [7]

MR≈0

FRx

d

≈L/2

L/2

3 RESULTS

Fy

FRy
L

Figure 3: Bi-directional loading mechanism

load cell 1

load cell 2

Two load cells were installed in the horizontal direction
and vertical direction, respectively. Figure 4 shows the
test setups for hold-down and angle bracket connections.
2)

I2

C1
base

load cell 2

B2
I2

M16

45

45

B1

B1
B2

load cell 1

thread rods
hold-down
WHT 540
with 12 nails
4x60

thread rods

I1

I1

1000

cable

hold-down WHT 540
with 12 nails 4x60

1000

C1

1)

3)

4)

B2
I2

load cell 2

SIMPSON AE116
with 8 nails 4 x 60
I1

3.1.1 Shear cyclic tests with constant tension
I2

B1
M12

3.1 HOLD-DOWN CONNECTIONS

C1

B1
B2

45

thread rods
SIMPSON
AE116
with 8 nails
4 x 60

load cell 1

I1

base

cable

1000

1000

C1

load cell 1

load cell 2

Base

The experimental test results were assessed in terms of
strength, stiffness, energy dissipation, damping ratio and
ductility, following the standard procedure from
EN12512 (2001).
Assessments of mechanical properties include:
kel and kpl represent the initial stiffness and plastic
stiffness; Fy and vy signify yielding load and yielding
displacement; Fmax and vmax denote maximum load and
maximum displacement; Fu and vu signify ultimate load
and ultimate displacement; D signifies ductility ratio
(ratio between ultimate displacement and yield
displacement); ΔF1-3 represents degradation of strength
between 1st and 3rd cycle;, force F30 and ductility ratio D30
at 30 mm displacement are presented in relevant tests.
Energy dissipation properties are measured by the
following quantities: νeq(1st) represents the equivalent
viscous damping ratio calculated at the 1st cycles of the
hysteretic loop at the displacement point where the
maximum load was reached. νeq(3rd) represents the
equivalent viscous damping ratio calculated at the 3rd
cycles of the hysteretic loop at the displacement point
where the maximum load was reached.

Base

Figure 4: 1) hold-down: constant in-plane shear with cyclic
tension/constant tension with cyclic in-plane shear; 2) holddown: constant tension with cyclic out-of-plane shear; 3) angle
bracket: constant in-plane shear with cyclic tension/constant
tension with cyclic in-plane shear; 4) angle bracket: constant
tension with cyclic out-of-plane shear

Figure 6 gives the test results of hold-down connections
under shear monotonic and cyclic test with 4 levels of
tension load (0 kN, 20 kN, 40 kN, 60 kN). Results from
tension load 30 kN are very similar to those from 20 kN.
The mechanical properties were calculated from the test
data and listed in Table 2. The shear test of hold-downs
was the same as former researcher`s pure shear test when
the tension force is zero. We compared our results and
they are very alike. Extra tension force loaded in the
vertical direction affects the maximum shear capacity and
initial stiffness by less than 15%. But the energy
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dissipation capacity of the connector drops when heavy
tension force is loaded. The pinching effect is weakened
when tension force increases even at a small displacement
of slip. Figure 7 shows the failures of the connections after
test.

4) Hold-down Test: Force - Displacement
(Tension : 60 kN Shear: cyclic+monotonic)
30

20

10

Force (kN)

1) Hold-down Test: Force - Displacement
(Tension: 0 kN Shear: cyclic+monotonic)
30

0

-10
20

cyclic test: 1st specimen
cyclic test: 2nd specimen
cyclic test: 3rd specimen
monotonic test

-20

Force (kN)

10
-30
-60

0

-50

-30

-20

-10

0

10

20

30

40

50

60

Displacement (mm)
-10

Figure 6: Force-Displacement for hold-down connection shear
test with different levels of tension force 1) 0 kN; 2) 20 kN; 3) 40
kN; 4) 60 kN

cyclic test: 1st specimen
cyclic test: 2nd specimen
cyclic test: 3rd specimen
monotonic test

-20

-30
-60

-50

-40

-30

-20

-10

0

10

20

30

40

50

60

Displacement (mm)

Table 2: Mechanical properties from hold-down connection
shear test with different levels of tension force

2) Hold-down Test: Force - Displacement
(Tension: 20 kN Shear: cyclic+monotonic)
cyclic test: 1st specimen
cyclic test: 2nd specimen
cyclic test: 3rd specimen
cyclic test: 4th specimen
cyclic test: 5th specimen
cyclic test: 6th specimen
monotonic test

30

20

Force (kN)

10

0

-10

-20

-30
-60

-50

-40

-30

-20

-10

0

10

20

30

40

50

60

Displacement (mm)

3) Hold-down Test: Force - Displacement
(Tension : 40 kN Shear: cyclic+monotonic)

20

10

0

-10
cyclic test: 1st specimen
cyclic test: 2nd specimen
cyclic test: 3rd specimen
monotonic test

-20

-30
-60

-50

-40

-30

-20

-10

0

10

Displacement (mm)

20

30

40

50

Kel(kN/mm)
Kpl(kN/mm)
Fy(kN)
vy(mm)
Fmax(kN)
vmax(mm)
Fu(kN)
vu(mm)
D
ΔF1-3 (%)
νeq(1st) (%)
νeq(3rd) (%)
Kel(kN/mm)
Kpl(kN/mm)
Fy(kN)
vy(mm)
Fmax(kN)
vmax(mm)
Fu(kN)
vu(mm)
D
ΔF1-3 (%)
νeq(1st) (%)
νeq(3rd) (%)

30

Force (kN)

-40

60

0 kN
Cov (%)
2.43
2.54
0.70
3.13
3.34
27.55
7.87
15.91
40 kN
Mean Cov (%)
1.02
7.10
0.17
7.19
14.73 7.33
14.18 8.55
32.63 80.00 32.63 80.00 5.67
8.88
25.25 70.13
Mean
0.67
0.11
10.75
16.00
26.93
80.00
26.93
80.00
5.02
24.80
17.12
23.68

20 kN
Cov (%)
16.31
16.54
16.35
2.72
2.89
23.33
5.51
4.48
60 kN
Mean Cov (%)
1.04
9.62
0.17
9.89
15.42 13.23
15.12 7.63
29.67 55.20 29.37 64.09 4.23
11.43
Mean
0.77
0.13
11.53
15.00
32.54
80.00
32.54
80.00
5.37
27.51
14.78
16.90
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3) Hold-down Test: Force - Displacement
(Shear: 20 kN Tension: cyclic+monotonic)

3)

2)

1)

80

Force (kN)

60

Figure 7: Failures after test, tension levels: 1) 0 kN; 2) 40 kN;
3) 60 kN

3.1.2 Tension cyclic tests with constant shear

1) Hold-down Test: Force - Displacement
(Shear: 0 kN Tension: cyclic+monotonic)
80

Force (kN)

60

40

0

cyclic test: 1st specimen
cyclic test: 2nd specimen
cyclic test: 3rd specimen
monotonic test

0

10

20

30

Displacement (mm)

2) Hold-down Test: Force - Displacement
(Shear: 10 kN Tension: cyclic+monotonic)
80

Force (kN)

60

40
cyclic test: 1st specimen
cyclic test: 2nd specimen
cyclic test: 3rd specimen
cyclic test: 4th specimen
cyclic test: 5th specimen
cyclic test: 6th specimen
monotonic test

20

0

0

5

10

15

20

Displacement (mm)

25

30

cyclic test: 1st specimen
cyclic test: 2nd specimen
cyclic test: 3rd specimen
cyclic test: 4th specimen
cyclic test: 5th specimen
cyclic test: 6th specimen
monotonic test

20

0

Hysteresis loop of hold-down tension test with different
levels of constant shear force were more scattered. This is
partially due to the accuracy of instrument and
measurement. Since we are using a steel cable to load
tension force, the hysteresis curve does not have the
reverse loading part. Mechanical properties are listed in
Table 3. Additional shear force has negligible effect on
the mechanical properties in tension. However, the
maximum shear force that can be loaded on hold-down is
only 20 kN. Under such cases, although the hold-down
can undergo large tension force, the sliding displacement
was rather large, more than 60 mm and the hold-down
were twisted (Figure 9).

20

40

0

5

10

15

20

25

30

Displacement (mm)

Figure 8: Force-Displacement for hold-down connection
tension test with different levels of shear force 1) 0 kN; 2) 10 kN;
3) 20 kN
Table 3: Mechanical properties from hold-down connection
tension test with different levels of shear force

Kel(kN/mm)
Kpl(kN/mm)
Fy(kN)
vy(mm)
Fmax(kN)
vmax(mm)
Fu(kN)
vu(mm)
D
ΔF1-3 (%)
νeq(1st) (%)
νeq(3rd) (%)
Kel(kN/mm)
Kpl(kN/mm)
Fy(kN)
vy(mm)
Fmax(kN)
vmax(mm)
Fu(kN)
vu(mm)
D
ΔF1-3 (%)
νeq(1st) (%)
νeq(3rd) (%)

0 kN
Cov (%)
31.56
30.14
5.52
7.00
7.17
16.62
8.93
10.25
30 kN
Mean Cov (%)
10.93 19.71
1.82
17.63
46.81 9.72
3.68
8.81
74.94 16.54 59.37 21.40 5.70
9.53
11.52 15.83
9.23
6.51
4.65
5.73

Mean
13.61
2.27
49.67
3.79
85.20
18.70
68.16
22.30
5.90
4.33
8.84
1.15

Mean
11.82
1.97
49.42
3.92
75.88
19.60
60.80
21.51
5.49
3.75
9.09
0.93

10 kN
Cov (%)
25.09
22.52
8.73
8.95
9.36
12.25
7.23
9.74
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3) Hold Down Test: Force - Displacement
(Tension: 60 kN out-of-plane Shear: monotonic)

3)

2)

1)

40

Figure 9: Failure after test, shear force levels: 1) 0 kN; 2) 10
kN; 3) 20 kN

3.1.3 Out-of-plane tests with constant tension
Out-of-plane monotonic shear test of hold-down
connections with additional tension force were carried
out. The results are quite stable. The specimens follow a
linear behavior (Figure 10). Additional tension decreases
the out-of-plane stiffness by less than 20%. Table 4 lists
the major mechanical properties.

Force (kN)

30

20

10

0

1st specimen
2nd specimen
3rd specimen

0

10

20

30

40

Displacement (mm)

Figure 10: Force-Displacement for hold-down connection outof-plane shear monotonic test with different levels of tension
force 1) 0 kN; 2) 30 kN; 3) 60 kN
Table 4: Mechanical properties from hold-down connection outof-plane shear monotonic test with different levels of tension
force

1) Hold Down Test: Force - Displacement
(Tension: 0 kN out-of-plane Shear: monotonic)
40

Force (kN)

30

Kel(kN/mm)
Fmax(kN)
vmax(mm)

20

10

0

Kel(kN/mm)
Fmax(kN)
vmax(mm)

1st specimen
2nd specimen
3rd specimen

0

10

20

30

0 kN
Mean
1.43
33.73
30.00
60 kN
Mean
1.17
29.85
30.00

Cov (%)
7.06
7.51
-

30 kN
Mean
1.20
27.91
30.00

Cov (%)
15.23
19.35
-

Cov (%)
16.93
17.33
-

40

Displacement (mm)

3.2 ANGLE BRACKET CONNECTIONS

2) Hold Down Test: Force - Displacement
(Tension: 30 kN out-of-plane Shear: monotonic)

3.2.1 Shear cyclic tests with constant tension

40

Force (kN)

30

20

10

0

1st specimen
2nd specimen
3rd specimen

0

10

20

Displacement (mm)

30

40

The results show that extra tension force has negligible
effect on the maximum shear capacity of the connection,
all around 45 kN. Initial stiffness of the connector
decreases less than 15%. However, as tension force
increases, the energy dissipation capacity of the connector
drops significantly. The connector cannot finish the last
cycle when the tension force increased to 30 kN. When it
increases to 40 kN, the connector cannot even finish the
second cycle. Pinching effect is mitigated as tension force
increases. This is because the gap between nails and wood
material is eliminated by the tension force (Figure 11).
Mechanical properties are in Table 5. Figure 12 shows
some failure after tests.
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Figure 11: Force-Displacement for angle bracket connection
out-of-plane shear monotonic test with different levels of
tension force 1) 0 kN; 2) 20 kN; 3) 30 kN; 4) 40 kN

1) Angle Bracket Test: Force - Displacement
(Tension: 0 kN Shear: cyclic+monotonic)
80
60

Table 5: Mechanical properties from angle bracket connection
out-of-plane shear monotonic test with different levels of tension
force

Force (kN)

40
20
0
-20
-40

cyclic test: 1st specimen
cyclic test: 2nd specimen
cyclic test: 3rd specimen
monotonic test

-60
-80
-50

-40

-30

-20

-10

0

10

20

30

40

Kel(kN/mm)
Kpl(kN/mm)
Fy(kN)
vy(mm)
Fmax(kN)
vmax(mm)
Fu(kN)
vu(mm)
D
ΔF1-3 (%)
νeq(1st) (%)
νeq(3rd) (%)

50

Displacement (mm)
2) Angle Bracket Test: Force - Displacement
(Tension: 20 kN Shear: cyclic+monotonic)
cyclic test: 1st specimen
cyclic test: 2nd specimen
cyclic test: 3rd specimen
cyclic test: 4th specimen
cyclic test: 5th specimen
cyclic test: 6th specimen
monotonic test

80
60

Force (kN)

40
20
0
-20
-40
-60
-80
-50

-40

-30

-20

-10

0

10

20

30

40

50

Displacement (mm)
3) Angle Bracket Test: Force - Displacement
(Tension: 30 kN Shear: cyclic+monotonic)
cyclic test: 1st specimen
cyclic test: 2nd specimen
cyclic test: 3rd specimen
cyclic test: 4th specimen
cyclic test: 5th specimen
cyclic test: 6th specimen
monotonic test

80
60

Force (kN)

40

Kel(kN/mm)
Kpl(kN/mm)
Fy(kN)
vy(mm)
Fmax(kN)
vmax(mm)
Fu(kN)
vu(mm)
D
ΔF1-3 (%)
νeq(1st) (%)
νeq(3rd) (%)

0 kN
Cov (%)
20.28
21.04
23.29
3.13
3.13
30.56
10.50
9.68
30 kN
Mean Cov (%)
2.46
15.52
0.41
14.33
34.20 5.91
14.91 2.81
56.63 38.98 45.31 47.29 3.17
2.79
31.11 5.95
15.76 5.83
Mean
2.21
0.37
35.41
16.00
63.32
42.39
50.66
58.88
3.68
19.60
18.99
20.44

20 kN
Cov (%)
17.89
16.39
19.45
2.72
2.72
12.99
10.20
7.87
40 kN
Mean Cov (%)
2.10
28.81
0.35
27.57
29.33 27.65
14.30 3.13
53.08 39.40 42.46 45.71 3.20
3.26
25.43 29.55
15.89 27.65
-

Mean
2.19
0.37
32.98
15.20
61.65
47.20
49.32
54.20
3.57
31.77
17.99
16.57
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4) Angle Bracket Test: Force - Displacement
(Tension: 40 kN Shear: cyclic+monotonic)

Figure 12: Failures after test, shear force levels 1) 0 kN; 2) 10
kN; 3) 20 kN
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3.2.2 Tension cyclic tests with constant shear

Force (kN)
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0
-20
cyclic test: 1st specimen
cyclic test: 2nd specimen
cyclic test: 3rd specimen
monotonic test

-40
-60
-80
-50
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0
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Displacement (mm)

20

30

40

50

The behavior of angle bracket loaded in cyclic tension
force with constant shear force is quite different from
hold-downs. The difference of major mechanical
characteristics is small when vertical displacement is
below 10 mm. The tensile capacity of the connector
decreases significantly when the additional shear force
exceeds its elastic range (20 kN). At a large displacement,
the ductility of the connector drops rapidly (Figure 13).
Detailed mechanical properties are listed in Table 6.
Failures after test are shown in Figure 14.
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Figure 13: Force-Displacement for angle bracket connection
tension test with different levels of shear force 1) 0 kN; 2) 20 kN;
3) 30 kN; 4) 40 kN

1) Angle Bracket Test: Force - Displacement
(Shear: 0 kN Tension: cyclic+monotonic)
80

Table 6: Mechanical properties from angle bracket connection
out-of-plane shear monotonic test with different levels of tension
force

Force (kN)

60

40

20

0

cyclic test: 1st specimen
cyclic test: 2nd specimen
cyclic test: 3rd specimen
monotonic test

0

10

20

30

Displacement (mm)
2) Angle Bracket Test: Force - Displacement
(Shear: 20 kN Tension: cyclic+monotonic)
80

Force (kN)

60

40
cyclic test: 1st specimen
cyclic test: 2nd specimen
cyclic test: 3rd specimen
cyclic test: 4th specimen
cyclic test: 5th specimen
cyclic test: 6th specimen
monotonic test

20

0

0

5

10

15

20

25

Kel(kN/mm)
Kpl(kN/mm)
Fy(kN)
vy(mm)
Fmax(kN)
vmax(mm)
Fu(kN)
vu(mm)
D
ΔF1-3 (%)
νeq(1st) (%)
νeq(3rd) (%)

30

Displacement (mm)
3) Angle Bracket Test: Force - Displacement
(Shear: 30 kN Tension: cyclic+monotonic)
80

60

Force (kN)

Kel(kN/mm)
Kpl(kN/mm)
Fy(kN)
vy(mm)
Fmax(kN)
vmax(mm)
Fu(kN)
vu(mm)
D
ΔF1-3 (%)
νeq(1st) (%)
νeq(3rd) (%)

0 kN
Cov (%)
13.04
12.23
2.60
6.35
6.59
12.02
5.03
8.13
30 kN
Mean Cov (%)
7.25
23.28
1.21
24.52
25.97 12.40
4.52
6.49
63.41 14.85 50.72 19.33 4.28
19.45
9.54
43.48
8.87
21.67
1.67
17.43
Mean
8.59
1.42
37.67
3.96
75.61
11.65
59.55
14.31
3.62
7.31
9.89
2.97

20 kN
Cov (%)
8.59
9.13
21.20
18.01
14.73
35.14
13.74
9.25
40 kN
Mean Cov (%)
6.51
5.88
1.09
5.71
24.49 15.62
4.92
1.47
50.91 13.40 40.72 17.72 3.60
2.23
3.21
34.03
7.20
5.14
1.82
4.93
Mean
9.24
1.54
38.14
3.75
74.69
16.69
59.76
22.39
5.97
9.67
9.33
1.89
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20

0
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cyclic test: 2nd specimen
cyclic test: 3rd specimen
cyclic test: 4th specimen
cyclic test: 5th specimen
cyclic test: 6th specimen
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Displacement (mm)
4) Angle Bracket Test: Force - Displacement
(Shear: 0 kN Tension: cyclic+monotonic)

Figure 14: Failure after test, shear force levels: 1) 0 kN; 2) 10
kN; 3) 20 kN

80

Force (kN)

60

3.2.3 Out-of-plane tests with constant tension
Bilinear behaviour is found from out-of-plane monotonic
shear test of connections with additional tension force
(Figure 15). Some major mechanical properties are listed
in Table 7.

40

cyclic test: 1st specimen
cyclic test: 2nd specimen
cyclic test: 3rd specimen
monotonic test

20

0

0

10

20

Displacement (mm)

30
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Table 7: Mechanical properties from hold-down connection outof-plane shear monotonic test with different levels of tension
force

1) Angle Bracket Test: Force - Displacement
(Tension: 0 kN out-of-plane Shear: monotonic)
40

Force (kN)

30

Kel(kN/mm)
Kpl(kN/mm)
Fy(kN)
vy(mm)
Fmax(kN)
vmax(mm)

20

10

0

1st specimen
2nd specimen
3rd specimen

0

10

20

30

40

Displacement (mm)
2) Angle Bracket Test: Force - Displacement
(Tension: 20 kN out-of-plane Shear: monotonic)
40

Force (kN)

30

20

10

0

1st specimen
2nd specimen
3rd specimen

0

10

20

30

40

Displacement (mm)
3) Angle Bracket Test: Force - Displacement
(Tension: 40 kN out-of-plane Shear: monotonic)

30

Force (kN)

Mean
2.32
0.69
17.86
7.72
32.67
30.00

20 kN
Cov (%)
8.47
7.04
11.49
7.66
4.58
-

Comparing the test results of hold-down and angle bracket
connections, we found that angle bracket has twice the
shear strength of hold-down. The shear capacity of angle
bracket and hold-down connections is very stable.
Additional tension force has negligible effect on shear
capacity. But additional tension force will influence the
shape of the hysteresis loops. Hold-down has 1.3 times of
tension strength of angle bracket, and it is merely affected
by additional shear force. One reason is that it cannot bear
large shear force any case. For angle bracket, the coupling
effect is very significant. Increasing additional shear force
will decrease the tension capacity of angle bracket as
much as 32%.

4 CONCLUSIONS

40

20

10

0

Kel(kN/mm)
Kpl(kN/mm)
Fy(kN)
vy(mm)
Fmax(kN)
vmax(mm)

0 kN
Cov (%)
6.50
8.18
4.19
4.34
4.86
40 kN
Mean Cov (%)
1.12
7.51
30.61 3.36
30.00 -

Mean
2.16
0.64
17.21
7.98
31.06
30.00

1st specimen
2nd specimen
3rd specimen

0

10

20

30

40

Displacement (mm)

Figure 15: Force-Displacement for hold-down connection outof-plane shear monotonic test with different levels of tension
force 1) 0 kN; 2) 30 kN; 3) 60 kN

To sum up, we tested a series of CLT connections using
typical connectors, hold-downs and angle brackets. Those
connectors are loaded in two perpendicular directions, one
with constant load, the other one with monotonic or cyclic
load. There are a few findings,
1. The shear strength and tensile strength of angle bracket
are close; but hold-down` shear strength is only 25% of its
tensile strength.
2. The shear behaviour and tension behaviour of holddowns are relatively independent, but for angle brackets,
they are strongly coupled.
3. Additional force in the other direction has limited effect
on axial capacity of the connector, but the hysteretic
behaviour is influenced intensely.
These lead to our future work, developing a more accurate
and practical analytical model for those connectors to
study CLT buildings.
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CONNECTION WOOD BRITTLE FAILURE IN CROSS-LAMINATED TIMBER
(CLT)
Pouyan Zarnani1, Pierre Quenneville2

ABSTRACT: The introduction of Cross-laminated Timber (CLT) as an engineered timber product has played a
significant role in the considerable progress of timber construction in recent years. Extensive research has been
conducted in Europe and more recently in Canada to evaluate the fastening capacity of different types of fasteners in
CLT. While ductile capacities calculated using the yield limit equations are quite reliable for fastener resistance in
connections, however, they do not take into account the possible brittle failure modes of the connection which could be
the governing failure mode in multi-fastener joints. Therefore, a stiffness-based design approach which has already been
developed by the authors and verified in LVL, glulam and lumber has been adapted to determine the block-tear out
resistance of connections in CLT by considering the effect of perpendicular layers. The comparison between the test
results on riveted connections conducted at the University of Auckland (UoA) and at the Karlsruhe Institute of
Technology (KIT) and the predictions using the new model and the one developed for uniformly layered timber
products show that the proposed model provides higher predictive accuracy and can be used as a design provision to
control the brittle failure of wood in CLT connections.
KEYWORDS: Timber, connections, CLT, Brittle failure, Plug shear, Stiffness-based model, Rivets.

1 INTRODUCTION 123
Timber construction has experienced considerable
progress in recent years. The implementation of new
engineered timber products such as Cross-laminated
Timber (CLT) has played a significant role in such
progress. CLT is made up of dimensional lumber glued
together with structural adhesive and stacked in sheets
with perpendicular orientation. It is most commonly
utilised as floor and wall components across a wide
range of residential and commercial building types. Due
to its prefabricated elements and ease of installation, its
application in mass timber multi-storey construction is
growing rapidly [1]. Through the emergence of such
advanced engineered timber products, international
building standards are revising their codes to accept
high-rise timber buildings. In these types of structures,
the joints need to transfer large loads and these become
more critical for designers. Extensive research has been
conducted in Europe and more recently in Canada to
evaluate the fastening capacity of different types of
fasteners in CLT [2-4].
1

Pouyan Zarnani, Auckland University of Technology,
Department of Built Environment Engineering, Auckland, New
Zealand, pouyan.zarnani@aut.ac.nz
2
Pierre Quenneville, University of Auckland, Department of
Civil and Environmental Engineering, Auckland, New
Zealand, p.quenneville@auckland.ac.nz

While ductile capacities calculated using yield limit
equations based on the European Yield Model (EYM)
are quite reliable for fastener resistance in connections,
however, they do not take into account the possible
brittle failure mode of the CLT connection which could
be the governing failure mode in multi-fastener joints [48]. This is the reason why the wood engineering
community has dedicated a significant amount of effort
over the last decades to establish a reliable predictive
model to determine the capacity of timber connections
under wood failure mechanisms. In recognition of this
fact, a stiffness-based design approach which has already
been developed by the authors and verified in
Laminated Veneer Lumber (LVL), glulam and lumber
(with uniform layers) is adjusted to determine the
connection brittle block-tear out resistance in CLT by
considering the contribution of perpendicular layers.

2 PROPOSED DESIGN APPROACH
The authors have already introduced a stiffness-based
model (Figure 1) for the prediction of wood block tearout failure of connections in uniformly layered timber
products such as LVL and glulam [9,10]. However, in
CLT, the load transfer and stress distribution at the joint
location are quite different due to the particular
arrangement of the layers. Therefore, adjustments in the
previously developed model are required in order to
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include the reinforcing effect of cross layers and
determine the connection load-carrying capacity in wood
brittle failure mechanisms. In the previous model
developed for LVL or glulam, the applied load is
transferred from the wood member to the failure planes
in conformity with the relative stiffness ratio of each
resisting volume adjacent to the individual failure plane.
As shown in Figure 1, three resisting planes are involved
which are the head tensile, bottom shear and lateral shear
planes.

Figure 1: Stiffness-based model developed for wood
block tear-out resistance in LVL, glulam, and lumber
[10]
However, in the case of CLT (Figure 2), the following
considerations are necessary for the determination of the
load path:
I. Disregard any contribution from the lateral shear
planes (Kl = 0) since there is no control on the
positioning of the lateral planes of the joint cluster
relative to the unbounded interface of the parallel planks.
The worst scenario would be the matching of the lateral
shear planes with the parallel planks interface which
results in no load transfer between adjacent parallel
planks.
II. Incorporate the reinforcing effect of the cross layers
which contribute in transferring the load from the loaded
planks at the connection zone to the adjacent outer and
inner parallel planks. The resulting effect is that the joint
can be assumed wider and deeper.

Figure 2: Proposed stiffness-based model for wood
block tear-out resistance in CLT
In the connection shown in Figure 2, a block tear-out of
depth tef, width wc and length Lc+da is assumed. The
wood volume of thickness dz adjacent to the bottom
shear plane is bonded to the cross layer at the glued
interface. Therefore, its deformation under the acting
shear force at the bottom plane decreases due to the
additional stiffness resulting from the cross layer. As
shown in Figure 3a, the cross planks are restrained
entirely at their bottom interface by the inner parallel
planks. Also, the outer parallel planks adjacent to the
loaded planks are constraining the top ends of the cross

planks (Figure 3b). Hence, the stiffness of the cross layer
can be determined from the combination of its rolling
and longitudinal shear deformations. Consequently, the
overall stiffness corresponding to the depth under the
bottom shear plane can be determined as
Kd = Kb + Kr + Ka

(1)

where Kb is the bottom shear plane stiffness
corresponding to dz. The Kr and Ka are the rolling and
longitudinal shear stiffnesses of the cross layer,
respectively. In fact, in the spring system shown in
Figure 2, a portion of the applied load will be absorbed
by the head tensile plane (Kh) and the rest by the depth
under the bottom shear plane (Kd). The load taken by Kd
will be distributed to the residual section of the loaded
planks (dz) through Kb, to the inner parallel planks
through Kr, and to the outer parallel planks adjacent to
the loaded planks through Ka. The Kh and Kb can be
determined using the same equations provided for LVL
or glulam, reported in [10]. By considering the
maximum rolling shear distortion of the cross layer at
the connection width (wc) to be equal to δr, the Kr can be
expressed by Eq. (2) which takes into account the
average rolling shear deformation of δr (wc+wm)/(2wm) at
the entire cross layer (Figure 3a). The Ka (Eq. 3) is
derived based on the longitudinal shear deformation of
the cross layer modelled as a block fixed at both ends
under uniformly distributed loading (Figure 3b). Setting
the shear deformation at the top of the cross layer equal
to δa, it is assumed that this deformation decreases
linearly as it reaches the bottom part of the plank.
Therefore, the average shear deformation of the cross
layer at its thickness of tper can be estimated as 0.5δa. In
addition, the shear stiffness of this block under
uniformly distributed loading is two times the case in
which the load is applied as a concentrated load at the
block centre. The bending deformation of the cross layer
is not considered as it is minimal in comparison to the
deformation as a result of shear distortion.
Kr 

Gr wm ( Lc  da ) wc  wm Gr ( Lc  da )(wc  wm )


2wm
2t per
t per

(2)

Ka 

2Gt per ( Lc  d a ) 1
4Gt per ( Lc  da )
 2 
2
wc
wc / 2

(3)

in which Gr and G are the rolling and longitudinal shear
moduli of the cross layer, respectively.
(a)

(b)

Figure 3: Deformation of the cross layer:
(a) rolling shear deformation, (b) longitudinal shear
deformation
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By predicting the stiffness of the components
contributing to the overall connection resistance, one can
predict the proportion of the connection load taken by
each component. The wood load-carrying capacity in a
CLT connection is given by Eq. (4) which takes into
account the possible situations of block tear-out failures
(Figure 4). These failure modes are specified based on
the effective penetration depth of the fastener (tef)
relative to the thickness and arrangement of the layers. It
should be noted that modes (A) to (B) are applicable to
CLT panels of 5 layers or more, and mode (F) is
applicable to CLT panels of 7 layers or more. The tef can
be predicted by applying the embedment strength of
CLT [2] and fastener characteristics in the methods
reported in Zarnani and Quenneville [11].

Pw= np .

Pw,A
Pw,B
Pw,C
Pw,D
Pw,E
Pw,F

, if tefp < tpar
, if tefp = tpar
, if tpar < tefp < tpar + tper
, if tefp = tpar + tper
, if tpar + tper < tefp < 2tpar + tper
, if tefp = 2tpar + tper

(4)

where
Pw,A= wood resistance corresponding to failure mode (A)
Pw,a= min (pw,h, pw,d)
Pw,B, Pw,C, Pw,D, and Pw,E = wood resistance
corresponding to failure mode (B), (C), (D), and (E)
Pw,b= min (pw,h, pw,d, pw,a)
Pw,F= wood resistance corresponding to failure mode (F)
Pw,a= min (pw,h, pw,a)
in which
pw,h= wood resistance for failure of head tensile plane
pw,d= wood resistance for failure of bottom shear plane
pw,a= wood resistance for failure of adjacent shear planes

K

(5)
Kh
where ft is the wood strength in tension parallel-to-grain
(based on the grade of lumber used in CLT); Ath is the
area of the head plane subjected to tensile stress given by
wc tef for modes (A) and (B), wc tpar for modes (C) and
(D), wc (tef - tper) for modes (E) and (F); and  K is the
total stiffness of the resisting planes equates Kh + Kb + Kr
+ Ka for mode (A), Kh + Kr + Ka for modes (B) and (C),
Kh + Kb + Ka for modes (D) and (E), Kh + Ka for mode (F).
It should be noted that in failure modes (C) to (F), the
longitudinal shear deformation of the cross layer is
assumed uniform across its thickness. Therefore, Ka,C =
2Ka,A(tef – tpar)/tper and Ka,D to Ka,F = 2Ka,A. Moreover, in
failure mode (C), the rolling shear stiffness of the
residual cross layer thickness is estimated as Kr,C = Kr,A
tper /(tpar+tper – tef). Kr,A and Ka,A are as expressed in Eqs.
(2) and (3).

pw,h  ft Ath

2.2 JOINT RESISTANCE GOVERNED BY
BOTTOM SHEAR PLANE FAILURE
The resistance for the failure of the joint triggered by the
failure of the bottom shear plane, pw,b, is given by Eq. (6)

pw,d


 K , for modes  A and  E 
 fv Avb
Kd


 f A  K , for modes B , C and D
    
 v ,r vb K
d


(6)
in which fv is the longitudinal shear strength (based on
the grade of lumber used in CLT); fv,r is the rolling shear
strength which can be considered equal to 0.33fv; Avb is
the area of bottom plane subjected to shear stress; and Kd
is the overall stiffness corresponding to the depth under
the bottom shear plane equates Kb + Kr + Ka for mode
(A), Kr + Ka for mode (B), Kr for mode (C), and Kb for
mode (D) and (E).
2.3 JOINT RESISTANCE GOVERNED BY
ADJACENT SHEAR PLANE FAILURE
The resistance for the failure of the joint triggered by the
failure of the adjacent shear planes, pw,a, is given by

K

(7)
Ka
where Ava is the area at the interface between the cross
layer and the parallel planks adjacent to the loaded
planks which is equal to (wm-wc)(Lc+da) for mode (B)
and 2(wm-wc)(Lc+da) for other applicable modes.

pw,a  fv ,r Ava

Figure 4: Different possible failure modes of wood block
tear-out in CLT
2.1 JOINT RESISTANCE GOVERNED BY HEAD
TENSILE PLANE FAILURE
The resistance for the failure of the joint triggered by the
failure of the head tensile plane, pw,h, is given by Eq. (5)

2.4 NECESSARY CONSIDERATIONS FOR
RESISTANCE CALCULATION
The following considerations are necessary for the
resistance calculation of wood block tear-out failures in
CLT:
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I. For all failure modes, after the failure of one plane,
the wood resistance for the remaining planes needs to
be recalculated to verify whether the residual planes
can resist a higher load by defining: Kh = 0 after the
head tensile plane failure; Kd = 0 after the bottom
shear plane failure; and Ka = 0 after the adjacent
shear planes failure. It should be noted that only in
failure mode (B), after failure of bottom shear plane,
Ka needs to be considered zero as well.
II. For determination of Kb, the bottom distance (dz)
with respect to the parallel layers is equal to tpar - tef
for mode (A), tpar and 0.5tpar with np=1 and np=2
respectively for mode (D), 2tpar + tper - tef and 1.5tpar
+ tper - tef with np=1 and np=2 respectively for mode
(E).
III. For failure modes (C) to (F), if the maximum wood
capacity (Pw) is governed after the failure of the head
tensile plane, then P w cannot be greater than the
summation of the fastener yielding resistance
corresponding to reduced penetration depth of Lp-tpar
and the rolling shear resistance of the bottom plane
given by Pw ≤ (Pr,Lp-tpar + fv,r Avb).

3 EXPERIMENTAL PROGRAM
Timber rivets as tight-fit fasteners with high loadcarrying capacity have been used in connections to
verify the model. To maximize the amount of
observations on the brittle mechanism, connection
layouts were set so that the total rivet yielding strength
of each test group was higher that the predicted
connection wood strength. Also, specific configurations
were selected to evaluate the effect of geometry on
connection strength.

The rivet length and its penetration into the cross layer,
the rivet group length and width, layer thicknesses,
member depth and width along with the end distance
were considered. The testing was performed at the
University of Auckland (UoA) and at the Karlsruhe
Institute of Technology (KIT) for a total of nineteen
groups with five replicates for each configuration. The
arrangement of the plies and their relevant thicknesses
can be found in Table 1. The CLT specimens used at the
UoA were manufactured from New Zealand Radiata
Pine lumber stress graded 8 (SG8) with an average
density of 470 kg/m3and the ones at the KIT were
manufactured from Norway Spruce Pine lumber with
stress class 24 (C24) with an average density of 440
kg/m3 at 12% moisture content. The thickness of the
specimens varied from 145 mm to 200 mm including 5
to 7 layers in the cross-section. All specimens were
conditioned to 20°C and 65% relative humidity to attain
a target 12% equilibrium moisture condition (EMC) at
the time of testing. The specimens had riveted plates on
the two opposite faces, resulting in a symmetric
connection. The plates were 8 mm thick of 300 grade
steel (fy=300 MPa) with predrilled 6.9 mm holes to
ensure the head of the rivets were rotationally fixed.
Different lengths of rivets were used; 40 mm, 65 mm,
and 90 mm long resulting in a penetration depth of
Lp=28.5 mm, 53.5 mm and 78.5 mm, respectively. The
geometric parameters of the connections consisted of 4,
6 or 8 rivet rows (nr) and 9 or 10 for the number of
columns (nc), as shown in Table 1. For all the test series,
the spacing along and across the grain were set to Sc = 25
mm and Sr = 15 mm, respectively, conforming to the
minimum requirements of CSA O86 [12]. The testing
protocol outlined in ISO 6891 [13] was followed.
Typical specimens in the testing frame are shown in
Figure 5.

Table 1: Test matrix for CLT riveted connections
Test group

Rivet
penetration
depth (mm)

Spacing
(mm)

No. of
rows by
columns

G1
6×10
G2
G3
6×9
28.5
25×15
G4
8×9
G5*
6×10
CLTG6
SG8
G7
(UoA)
G8
53.5
25×15
6×10
G9
G10
G11
78.5
25×15
6×10
G12
G13
G14
28.5
25×15
4×10
G15
CLT-C24
G16
(KIT)
53.5
25×15
4×10
G17
G18
78.5
25×15
4×10
G19
*
With end distance of 75mm. For the other test groups: 50mm

Member
width
(mm)

200
350
200
200
200
390
600
200
390
200
390

Cross-section thickness and
layers arrangement (mm)
175 (35/35/35/35/35)
145 (35/20/35/20/35)
145 (35/20/35/20/35)
145 (35/20/35/20/35)
145 (35/20/35/20/35)
175 (35/35/35/35/35)
200 (35/20/35/20/35/20/35)
175 (35/35/35/35/35)
145 (35/20/35/20/35)
175 (45/20/45/20/45)
175 (35/35/35/35/35)
200 (35/20/35/20/35/20/35)
200 (40/20/40/40/20/40)
200 (40/20/40/40/20/40)
200 (40/20/40/40/20/40)
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Figure 5: Typical specimen in test set-up: (a) University
of Auckland (UoA), (b) Karlsruhe Institute of
Technology (KIT)

Figure 7: Samples of failure mode (B), showing rolling
shear failure of the interface between the cross layer and
the parallel planks adjacent to the loaded planks

4 RESULTS AND DISCUSSIONS

4.1 TEST OBSERVATIONS
The load-slip curve for each specimen was plotted, and
the ultimate loads and the types of failure were recorded.
As it was expected, all the test groups exhibited brittle
failure with a load-carrying capacity ranging from 175
kN to 355 kN. In connections where the rivets only
penetrated the first parallel layer, a block of wood
contained within the rivet group was pulled away from
either one side or both sides of the specimens. A sample
of failure mode (A) is shown in Figure 6a. In Figure 6b,
the specimen exhibits failure mode (B) where the
thickness of the failed block equals tpar. Also, the test
observations shown in Figure 7, demonstrate the
possibility of the rolling shear failure at the interface of
the outer parallel planks adjacent to the loaded one.
For cases in which the effective penetration depth of the
rivets could reach the cross layer, the block tear-out of
the first layer was accompanied with the rolling shear
failure of the inner cross layer. Samples of failure mode
(C), (D), and (E) are shown in Figure 8a, 8b and 8c,
respectively.

Figure 6: Failed riveted connection showing block tearout in the outer layer: (a) mode (A), (b) mode (B)

Figure 8: Failed riveted connections showing wood
failures in the outer and inner layers: (a) mode (C), (b)
mode (D), (c) mode (E)
4.2 EFFECT OF CONNECTION
CONFIGURATIONS
Different configurations were designed for the CLT test
groups in order to investigate the effect of connection
configurations on the wood resistance under parallel to
the outer layer loading. As shown in Figure 9a to 9c,
increasing the connection length, increasing the
connection width, and increasing the end distance, all
resulted in increasing of the connection wood capacity as
expected, due to a higher rate of increasing of the
resisting planes areas in comparison to the increasing
rate of the corresponding stiffnesses, which reduces the
induced stresses. Comparisons of the test series with
different rivet penetration depth is used to identify its
effect on the connection wood capacity. As shown in
Figure 9d, the connection wood strength increases as the
rivet length increases even after penetrating deep into the
cross layer. This can be explained by the fact that the
longer rivets have the advantage of mobilizing both the
block tear-out capacity of the whole thickness of the first
outer layer as well as the rolling and longitudinal shear
resistance of the cross layer.
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decrease. Therefore, this results in the cross layer
channelling less of the connection load to the inner
parallel layer and thus relying more on the outer layer.
Also, the test results appear to demonstrate that an
increase of the member width which is corresponding to
an increase on the length of the cross layers, affects the
connection wood resistance positively (Figure 10b).
Such additional resistance can be associated with the
higher contribution from the cross layer due to an
increase on its stiffness as a result of a larger rolling
shear area. Therefore, the longer cross layers could
distribute more portion of the applied load to the inner
parallel boards in a distance wider than the connection
width.
Also, comparisons of the test series with different
bottom distances (dz) resulting in variation of the
member thickness is shown in Figure 10c.

Figure 9: Connection geometry effect on the wood loadcarrying capacity: (a) connection length, (b) connection
width, (c) end distance, (d) rivet penetration depth
In the case of increasing the cross layer thickness (Figure
10a), the results for the relevant test series appear to
show a reduction of the connection wood strength. As
the thickness of the cross layer increases, the related
stiffness which could be determined from the rolling
shear deformation of the separated blocks, would

Figure 10: Connection geometry effect on the wood
load-carrying capacity: (a) cross layer thickness, (b)
member width (length of cross layer), (c) member
thickness
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As it can be deduced, the thicker member with a larger
bottom distance has led to increasing of the connection
wood capacity. This can be explained by the increase of
the bottom shear plane stiffness as a result of a larger dz
and subsequently a higher proportion of the applied load
transfers to the bottom plane and the maximum stress
lowers on the head tensile plane in comparison to the
stresses for a thicker specimen.
4.3 VERIFICATION OF THE PROPOSED
MODEL
The predictions are made assuming that all material is
parallel to the grain. The assumed material properties for
CLT-SG8 are E = 8000 MPa, G = 533 MPa, Gr = 53
MPa, ft = 11 MPa, fv = 5 MPa, and fv,r = 1.7 MPa and for
CLT-C24 are E = 11000 MPa, G = 690 MPa, Gr = 69
MPa, ft = 26.9 MPa, fv = 4.4 MPa, and fv,r = 1.5 MPa.
The estimated tef used in the model was 27.3 mm, 45.7
mm, and 59.0 mm corresponding to the rivet penetration
depth of 28.5 mm, 53.5 mm, and 78.5 mm, respectively.
One can observe that the predictions using these
assumptions are only half of the results (Figure 11). This
demonstrates that the stress distribution within the
different outside and interior layer boards is more
complex and different from the stress distribution
assumed in uniform section with all layers running in
one direction. As shown in Figure 12, the proposed
stiffness-based model for CLT leads to better predictions
as it takes advantage of the increase in resistance for the
failure modes due to the reinforcing effect of transverse
layers. It should be noted that in the current tests, the
lateral planes were not located at the planks interface.
Therefore, the predictions could be even closer to the test
results and less conservative if the contribution from the
lateral shear planes were included in the model. As
already described, any contribution from the lateral shear
planes is disregarded in the model since there is no
control on the positioning of the lateral planes of the
joint cluster relative to the unbonded interface of the
parallel planks.

Figure 12: Comparison of experimental results vs
predictions using the proposed model for CLT

5

CONCLUSIONS

Through the emergence of advanced engineered timber
products such as CLT, many international building
standards are revising their codes to accept high-rise
timber buildings. In these structures where the joints
need to transfer very high loads, the brittle group failure
of the joint is more susceptible and more critical. A
stiffness-based design approach which has already been
developed by the authors and verified in LVL, glulam
and lumber has been adapted to determine the block-tear
out resistance of connections in CLT by considering the
effect of cross layers. Cross layers contribute to the
transfer of portion of load to outer and inner uploaded
parallel planks, providing a wider and deeper
connection. The comparison between the test results
conducted at the University of Auckland (UoA) and the
Karlsruhe Institute of Technology (KIT) on riveted
connections and the predictions using the new model and
the one developed for uniformly layered timber products
show that the proposed model provides higher predictive
accuracy and can be used as a design provision to control
the brittle failure of wood in CLT connections.
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High performance glulam beams made of beech LVL and solid wood lamellas:
experiments and modelling
Gerhard Dill-Langer1, Simon Aicher2
ABSTRACT: The paper deals with the strength capacity and damage behaviour of homogeneous and hybrid timber
beams made of beech LVL and solid softwood lamellas. It is shown, that the combination of these materials, which
differ significantly with respect to strength, stiffness and defect structure, results in very promising properties with the
potential for very high performance beams. Even in the case of one-sided tension reinforcement with only a minor
portion of beech LVL material, the global beam performance in bending is rather impressive due to activation and full
usage of the non-linear quasi-ductile behaviour of softwood in compression. It is shown, that the practically relevant
problems of extrapolation of strength values to very large dimensions and of tailored beam lay-ups with optimised
portions of LVL can be tackled by stochastic FE-modelling, hereby including the recognition of strain softening in
tension and compression, respectively.
KEYWORDS: laminated veneer lumber, glued laminated timber, beech, hardwood, combined glulam, FE modelling,
strain softening

1 INTRODUCTION 123
In timber engineering glued laminated timber (glulam)
made of solid (soft-) wood lamellas is the most common
material for beams and columns. On the other hand,
laminated veneer lumber (LVL) is primarily used for
structural plates and slabs. However, by secondary
gluing of LVL lamellas – i.e. strips cut from LVL plates
and further eventually finger jointed – to glulam crosssections, LVL-beams with principally unlimited
dimensions can be produced, as well. Due to a higher
degree of homogenisation, the strength values of such
LVL-glulam beams are usually significantly higher as
compared to glulam beams made of solid wood lamellas.
With the recently introduced LVL made of beech
hardwood (acc. to [1] and [2]), a lot of attention was
drawn to the possible application of glulam beams made
of (hardwood) LVL during the last years.
However, the higher cost to strength and stiffness
advantages ratio renders pure LVL glulams to be in
many cases infeasible when compared to solid wood
glulam. Therefore, not only homogeneous LVL beams,
but also combined (hybrid) cross-sectional build-ups
with solid wood lamellas in the centre part of the crosssection and (hardwood) LVL lamellas at the highly
strengthened edges are of major interest.
Based on the properties of homogeneous beech LVL
glulam, the paper reports on combined glulam with
beech LVL and spruce solid timber lamellas. Besides the
1
Gerhard Dill-Langer, MPA University of Stuttgart,
gerhard.dill-langer@mpa.uni-stuttgart.de
2
Simon Aicher, MPA University of Stuttgart,
simon.aicher@mpa.uni-stuttgart.de

global strength and deflection behaviour, the failure
mechanisms, especially of asymmetrically strengthened
glulam, are also investigated. The experimental results
are compared to simulation results performed with FEmodels including stochastic material input properties and
a rather novel damage evolution concept in the
compression zone.
The results of the presented experimental and numerical
investigations will serve as a basis for the future
development of hybrid high performance beams made of
a combination of (hardwood) LVL and standard solid
(softwood) timber lamellas.

2 HOMOGENEOUS GLULAM MADE
OF BEECH LVL
Due to the homogenisation within the LVL crosssection, the spread of (e.g. tensile-) strength values is
smaller than for solid timber. This is well known for
LVL made of softwoods and is in principle also valid for
LVL made of hardwood on a higher strength level.
Due to further homogenisation in a glulam cross-section,
the characteristic strength values of glulam beams made
from beech LVL further exceed the values based on the
plate material.
Despite the homogenisation effects, the experimental
results for bending strength of small beams made of
beech LVL produced acc. to [3] and [4] still exhibit
COVs of nearly 10%. Thus, some size effect shall be
expected and has already been proven experimentally for
bending and shear strength in beams with depths up to
H0 = 600 mm.
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In order to widen the applicability of glulam made of
beech LVL to very large structures, the size effect of
beams with about twice the reference height (H =
1300 mm) has been determined (see also [5] and [6]).
Figure 1 presents the empiric results of the performed
tests and a proposed size effect curve based on the
assumption of a Weibull-like strength behaviour.
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Figure 1: Size effect of bending strength of homogeneous
glulam made of beech LVL lamellas

The derived form factor m of the size effect equation
/

,

=

∙

, ,

based on the linear regression of the logarithms of
strength and height values produces roughly m = 10.
With a reference characteristic bending strength value of
fm,k,ref = 75 N/mm2, the mentioned size effect still results
in a rather conservative estimation of the strength for
large beams.
These data serve as the reference values for the
subsequently discussed results of combined beams made
from standard softwood lamellas and beech LVLlamellas.

3 COMBINED BEAMS OF SOLID
SOFTWOOD AND BEECH LVL:
EXPERIMENTS

For each configuration, two specimens with nominally
identical properties have been produced and tested. As
reference, two homogeneous beams made of solid spruce
lamellas of the same strength class (see below) were
added to the test programme.
The beech LVL-lamellas have been produced acc. to the
provisions given in [3] and [4], which nominally results
in a strength class of GL70 for glulam made of beech
LVL. As mentioned in section 2, the actual characteristic
bending strength for the reference depth of h = 600 mm
is 75 N/mm2.
For the solid wood part of the glulam beams, the
lamellas have been nominally graded to the visual grade
S10 acc. to DIN 4074-1 [7], which nominally
corresponds to a lamella tensile strength class T14
resulting in a glulam strength class of GL24 acc. to EN
14080:2013 [8].
In order not to get untypically high strength values, the
lamellas should have been graded “on the weaker side”
within the range of the visual grade. It turned out,
however, that this aim has been outperformed to an
unwanted extent: a significant number of lamellas did
obviously not comply with the provisions for S10, but
rather for lower grades. Thus, the empiric bending
strength values of the two reference beams exhibited
values of less than 20 N/mm2, being ca. 20% lower than
the nominal characteristic value of 24 N/mm2.
The quasi 4-point bending tests have been performed
mainly acc. to EN 408 [9], whereby – deviating slightly
hereof – the loads have been applied by two hydraulic
pistons at each loading point, i.e. the total load has been
divided into 4 point loads. The distances between
supports and the respective centres between the two
pistons per side conformed to EN 408 with 6 h =
3600 mm. Accordingly, the distance between the two
centres of the pistons at each loading point conformed
also to 6 h = 3600 mm; thus, the constant moment area is
lightly shorter than given in [9] and also the distances of
the fixation points for measurement of local deflection
had to be adapted and the evaluation of local and global
E-Moduli were adjusted. The realised test-setup with the
relevant dimensions is sketched in Fig. 2.

3.1 General test campaign and procedures
In order to characterise the failure mechanisms, the load
redistribution capacity and the resulting global strength
of combined beams consisting of solid spruce lamellas
and different portions of high strength beech LVL
lamellas, a test series of full scale beams was performed.
All tested beams had a cross-sectional depth of h =
600 mm built up of 15 lamellas with 40 mm thickness
and a cross-sectional width of b = 150 mm.
The cross-sectional ratio of LVL to solid wood of the
investigated beams covered a range between 7% (one
LVL lamella and 14 solid softwood lamellas) and 27 %
(four LVL-lamellas and 11 solid softwood lamellas). In a
first step, the most interesting case of asymmetrically
strengthened beams with LVL lamellas solely in the
tensile zone has been tested.

Figure 2: Test set-up of quasi 4-point bending tests with
combined beams in close alignment to EN 408 [9]

Several deformation and strain data have been recorded.
The damage and load redistribution behaviour has been
examined by linear strain gauges applied parallel to fibre
direction on the lamellas in the tension and compression
zone. The gauges were applied to the narrow and wide
edges of the lamellas as shown in Fig. 3 and discussed
subsequently in detail.

Depending on the number of LVL lamellas, the number
of strain gauges per specimen varied from 10 (in case of
one LVL lamella) to 26 (in case of 4 LVL lamellas).
Two strain gauges were throughout applied to the centre
of the wide faces of the lamellas at the outer faces of the
beam (y-coordinate at the compression side: y = 0 and on
the tension side y = 600). On the tension side, additional
strain gauges have been applied to the narrow sides
(back and front) of all LVL lamellas and additionally to
the first adjacent solid wood lamella (i.e. y = 580, 540,
500 ,…). On the compression side, the same number of
(in this case solely solid wood) lamellas has been
equipped with strain gauges on the narrow sides (i.e. y =
20, 60, 100, …).
Additionally, the global and local deflections have been
measured and recorded. For some beams also the global
deformation parallel to fibre direction of the outermost
lamella on the compression side has been monitored.
Figure 3 gives an exemplary view of the strain and
deformation devices applied to a beam with three LVL
lamellas in the tension zone.

Load of each hydrailuc jack F/4 [kN]
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Figure 4: Results of load-deflection behaviour for
reference and combined beams with LVL portions
between 0% and 27%

Regarding the hybrid beams, and then first for weak
LVL-strengthening (7% of beech LVL), a similar
tension-bending failure as in case of the unstrengthened
reference glulam beams was observed with rather brittle
behaviour and only minor non-linearities. However, the
bending strength already reached values more than
double the unstrengthened reference beams.
At a further increased LVL-portion of 13%, a
pronounced nonlinear behaviour was observed, now with
major damage evolution in the compression zone. The
failure occurred partly in compression, apparent by
compression wrinkles with subsequent local buckling or
– after some damage accumulation in the compression
zone – and finally in tension-bending mode. The global
strength reached a mean level of 53.9 N/mm2, exceeding
the mean bending strength level of the unstrengthened
beams by a factor of 2.8.

Figure 3: Photo of one combined beam with 3 LVL-lamellas
equipped with deformation and strain gauges

3.2 Failure modes
The failure mode of the tested beams strongly depended
on the portion of LVL-lamellas. The load-deflection
curves of all 10 beam tests are shown in Fig. 4. Here, the
load F/4 per piston vs. the deflection in the constant
moment area (local deflection acc. to [9]) is depicted.
The unstrengthened reference beams – not surprisingly –
broke in a usual completely brittle failure mode in
tension.

Higher portions of beech LVL did not significantly raise
the bending capacity above this value. Pure compression
failure with local buckling of the softwood lamellas
accompanied with quasi-ductile global deformation
behaviour characterised the global damage behaviour of
the heavily strengthened beams with 20 to 27% beech
LVL lamellas.
Figures 5 a and b show exemplarily typical fracture
appearances of bending-tension failures. Figure 5 a gives
the photographic view of a specimen (No. 01A) with one
LVL-lamella (7% of depth) exhibiting a brittle tension
failure both in the LVL and in the adjacent solid wood
lamellas. Figure 5 b shows the failure pattern of a
specimen with three LVL-lamellas (20% of depth),
which exhibited pronounced damage in the compression
zone, but finally broke in the tension zone.
Figures 6 a and b show typical fracture appearances of
bending-compression failures. Figure 6 a shows a
specimen (No. 02B) with two LVL-lamellas (13% of
depth) and Fig. 6 b a specimen (No. 04A) with four
LVL-lamellas (27% of depth). Both pictures show a
completely damaged compression zone with local
buckling of the outer lamellas and completely intact
tension zones.

WCTE 2016 e-book | 1212

3.3 Strength results

a)

Figure 7 gives an overview of the bending strength
results dependant on the portion of LVL lamellas,
whereby the open symbols represent the two empiric
strength values per configuration. All strength values
refer to the gross cross-section. The blue filled symbols
represent a sensible estimation of a 5% quantile strength
value: Thereby, a lognormal distribution with a mean
value conforming to the mean value of the two empiric
data and an estimated coefficient of variation (COV) of
10% has been assumed.

b)
Figure 5: Photographic views of typical bending-tension
failures
a) Specimen 01A with one beech LVL-lamella (7% of
depth)
b) Specimen 03A with three beech LVL-lamellas
(20% of depth)

bending strength (gross section) [N/mm2]

The resulting estimated 5%-quantiles of the bending
strength of the hybrid beams with different
reinforcement portions range between 50% and 67% of
the characteristic level of homogeneous glulam solely
made of beech LVL.
characteristic value of homogeneous glulam of beech LVL

80
70
60

empiric data

50
40

estimated 5% quantile:
(empiric mean value and
assumed COV = 10%)

30
20
10
0

-5

0

5

10

15

20

25

30

Portion of LVL lamellas (in tension zone only) [% of depth]

Figure 7: Results of bending strength (with respect to gross
cross-section) for reference and combined beams
with LVL-portions between 0% and 27%

3.4 Strain measurement results

a)

b)
Figure 6: Photographic views of typical bending-compression
failures
a) Specimen 02B with two beech LVL-lamellas (13%
of depth)
b) Specimen 04A with four beech LVL-lamellas (27%
of depth)

The strain gauge measurements gave some very
interesting insight into the background of the observed
global behaviour. Here, exemplarily the results of strain
measurements of one combined beam with 2 LVL
lamellas (No. 02B) will be discussed. The results are – at
least qualitatively – representative for all 6 tested
specimens with two or more LVL lamellas.
Figure 8 gives the load-strain behaviour (here ¼ Fy vs.
εx) of the 8 different depth-co-ordinate-locations y in the
tension and compression zones of the beam. Thereby the
load-strain curves at the outer beam depth edges (y = 0
and 600 mm) represent the results of a respective single
strain gauge applied at the centre of the wide side of the
outer lamellas. In the case of the strain gauges positioned
at the beam wide side, i.e. at the narrow faces of the
individual lamellas, each load-strain curve represents the
mean strain value of the two strain gauges at the opposite
narrow edges of the respective lamella.
In order to enable a clear assignment of the respective
load-strain curves to the y-position of the strain gauge,
two photos are integrated into Fig. 8. On the left side of
the figure, a photographic view of the strain gauges at
the compression side is given. On the right side
analogously, the view of the strain gauges at the tension
side is depicted. Up to about 60-70% of the maximum
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On the tension side the strains, especially at the two
outermost lamellas, increase with a disproportionately
high rate when the maximum load is approached. The
subsequent load drop is then accompanied with some
additional strain increase.

side is locally unloaded, which results in decreasing
strain values, when the load is raised.
Due to the – globally – reduced stiffness on the
compression side, the stress is redistributed to the (in the
discussed case completely undamaged) tension side,
which shows up in non-linearly increasing strain values
in the LVL lamellas.
6000

53 kN (after max. load)
64 kN (max. load)

4000
Strain parallel to the grain εx [10-6]

load, all curves show a roughly linear behaviour.
Subsequently, pronounced non-linearities can be
observed. In the compression zone the strain growth with
increasing load especially in the outermost lamella
decreases. Just before and shortly after maximum load, a
significant strain drop can be observed, which is bound
to a local unloading at the particular position of the strain
gauges.
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Figure 9: Results of strain gauge measurements of specimen
No. 02B with two LVL-lamellas: Cross-sectional
strain distributions dependent of load step

Figure 8: Results of strain gauge measurements of specimen
No. 02B with two LVL-lamellas: Load- strainbehaviour

The strain measurement results along the cross-sectional
depth of the bending test with specimen No. 02B are
presented in Fig. 9 for selected load levels. The first
three load levels – 20, 40 and 60 kN (dark blue, light
blue and green lines in Fig. 9) – represent a more or less
triangular strain distribution, which is anticipated acc. to
beam theory for elastic behaviour. The deviation at the
compression edge is partly explainable by the difference
in a 3D-effect of local stiffness between the wide and the
narrow face of the outermost board and partly by some
early non-linearity due to micro-damage in the
compression zone. Then, at higher load levels around
maximum load, the strain values increase at the tension
side and excessively decrease at the compression side.
The observed load-strain results can be explained by
local damage accumulation and subsequent local
buckling and fracture in the softwood boards at the
compression side: As the damage has obviously not
spread continuously in the length direction, but softening
is localised (see fracture appearance in Fig. 6a), the
measured strain values depend on the exact location of
the strain gauges:
If the gauges are – by chance – located directly within
the softening zone, reduced stiffness and thereby
strongly increasing strain values should be measured.
In case the strain gauges are located outside the damage
area which is more likely, and what has been the case for
the here discussed specimen No. 02B, the compression

The evaluation of the strain data proved that the global
ductile behaviour does not result from uniformly ductile
strains, but rather from local compression strain
softening with subsequent redistribution of stresses
within the combined hybrid cross-section.

4 COMBINED BEAMS OF SOLID
SOFTWOOD AND BEECH LVL:
MODELLING
From the results of the empiric study, the requirements
for an appropriate model can be formulated:
-

Stochastic material properties with respect to
strength and stiffness values
Different statistics for solid wood and LVL
Strain softening especially for tension and
compression

In the literature (e.g. see [10] to [12]), some attempts
have been made to model the strength and stiffness
behaviour of combined beams made of softwoods with
some strengthening components like fibre-reinforced
composites or LVL. In most cases, the models assume
classical ductile behaviour in the compression zone
without recognition of damage or strain softening
behaviour. Thereby, the effects of localisation of damage
– accompanied by the typical unloading effect of the
undamaged part of the material – are usually not taken
into account.
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In order to mirror the empirically observed features of
the damage process (damage localisation, local
unloading) a Finite Element (FE) model has been set up
in the frame of the commercial FE code ABAQUS. By
means of a separate code (PYTHON) the stochastic
material properties are determined and applied to the FE
model for Monte-Carlo simulations (see also [13]).
As the development of the model is still ongoing, not all
of the aimed at requirements have been reached so far.
Moreover, the model parameters have not been
completely calibrated vs. empiric data but partly
assumed or derived from standard values. In a first step
the modelling was focused on the damage mechanisms
resulting in compression failure of asymmetrically
strengthened glulam beams. Thus, the following
assumptions and simplifications have been applied:
-

-

-

Elastic behaviour of the beech LVL.
No tensile strength limit for the LVL and solid
wood laminations (which at present do not
contain finger joints)
Uniform and constant value of E-modulus for
beech LVL (mean value derived from test data)
Compression strength of glulam solid wood
lamellas fc,0,lam: random value from lognormal
distribution with 5%-quantile acc. to EN
14080:2013 [8] for glulam strength class GL24
and assumed COV of 10%
Local compression strength fc,0,150 (length of
unit cell: 150 mm): random value from normal
distribution within each lamella with mean
value = fc,0,lam and an assumed additional COV
of 5%.
E-Modulus of solid wood: random value with
an overall mean value derived from test data;
correlation coefficient of R2 = 0.7 between the
random values of compression strength and Emodulus

Figure 10: Random spatial distribution of compression
strength for one simulation run

With the present development stage of the model it is not
possible to differentiate between the failure modes
tensile or compression failure, as for tensile loading no
failure criterion is implemented. However, in the case of
compression failures the different failure mechanisms
and to some extent also the quantitative behaviour can be
predicted.
As an example, Figure 11 shows the comparison of
empiric and calculated load-deflection curves in the
constant-moment area. With the above sketched model a
series of 40 simulation runs with different random data
sets have been performed for the configuration with 2
beech-LVL lamellas (13% of depth). The resulting loaddeflection-curves are given in Fig. 11 as a set of
blue/green lines. The empiric data for the specimens No.
02A and 02B are depicted as magenta and red lines.
With exception of some load-drops not mirrored in the
simulation results both, the qualitative and quantitative
behaviour is well represented by the model.

In order to handle the strain softening behaviour, which
turned out to be essential especially for the correct
description of the compression behaviour, an explicit
solver algorithm had to be chosen.
Figure 10 gives exemplarily a visualisation of the
random spatial distribution of compression strength
values for one FE-simulation run. It is visible, that the
variations between different lamellas have been chosen
significantly higher than the local variation within one
lamella. This reflects the fact, that compression strength
– contrary to tensile strength – is more closely related to
global board characteristics as e.g. raw density than to
local defects like knots or knot clusters.

Figure 11: Comparison of simulated and empiric loaddeflection behaviour (in case of two LVL lamellas =
13% of depth)

Besides the global load-deformation behaviour, the
space-resolved damage evolution has also been
evaluated from the simulation results. Figure 12 shows
the distribution of non-linear strains resulting from
simulations with one set of random parameters. It can be
clearly seen, that the non-linear strain is distributed
unevenly with a pattern of vertical softening zones and
non-damaged material in between. The simulated pattern
corresponds well to the empiric pattern of compression
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wrinkles and visible damage zones also with regard to
typical distances and typical differences in the intensity
of damage.

-

Figure 12: Simulation results for one random parameter set:
spatial distribution of non-linear strain in the
simulated combined beam with two beech LVLlamellas (13% of depth)

A direct comparison of measured and calculated strains
can be seen from Figure 13. Thereby, the measured loadstrain data (black symbols) from a strain gauge located at
the compression edge of a beam specimen with two
beech LVL-lamellas (No. 02A) is compared to the
respective calculated strains from a simulation run with
one random parameter set. One simulated load-strain
curve (dark grey line) is taken from a node in one nondamaged zone (purple colour zones in Fig. 12) of the
compression edge. This curve shows – with some
numerical “noise” – a similar unloading characteristic as
the empiric data.
The second curve is evaluated in one of the softening
zones (yellow colour in Fig. 12) and shows the expected
pronounced non-linear growth of compression strain.
80

empiric strain data (specimen 02A, compression edge)

40

simulation result
(softening zone)

30

Load F/4 [kN]

60
50

20
10
-6000

-5000

-4000

-3000

-2000

-1000

0

0

Strain parallel to the fiber εx [10-6]

Figure 13: Comparison of simulated and measured strain
values at the compression edge of a beam with two
beech LVL-lamellas (13% of depth):
- black symbols: empiric results of a strain gauge at
the compression edge (y = 0) of specimen No. 02A
- grey line: calculated strain parallel to grain in an
undamaged zone
- red line: calculated strain parallel to grain in a
softening zone

The main results of the FE-simulations with random
parameter sets, showing a fairly good correlation with
the experimental results, can be summarised as
following:
-

The next steps for the finalisation of the calculation
model will be
-

the integration of tensile failure mode
stochastic modelling of the beech LVL material
the calibration of all model parameters based on
empiric data.

Based on a calibrated FE model the bending strength of
combined beams with principally deliberate lay-ups
could be estimated and the influence of other material
characteristics (e.g. LVL from other hardwood species or
of softwood) and the extrapolation to larger sizes can be
performed.

5 CONCLUSIONS / OUTLOOK

70

simulation result
(undamaged zone)

-

compression-damage zones with undamaged
zones in between.
The empirically observed characteristic pattern
of damaged and undamaged zones is
reproduced by the model qualitatively in a
correct manner.
The absolute level and the range of the global
strength is predicted correctly for the tested
range of LVL portions.
The global quasi-ductile behaviour (resulting
from local strain softening without real
ductility) is qualitatively and quantitatively
mirrored well by the simulation results.

The stochastic distribution of compression
strength yields the occurrence of localized

The very promising strength capacity of combined
beams with small to medium portions of beech LVL
lamellas has been experimentally proven and the basis
for the prediction of deliberate lay-ups has been laid by
an appropriate numerical model. Nevertheless, in order
to use the model for prediction of load carrying capacity
of big structures it has to be further developed and
calibrated vs. empiric data sets.
It should be mentioned, that the results of the presented
study are limited to beech LVL-lamellas without any
longitudinal joints, for example finger joints. Most
existing lines for glulam production are, however, based
on original board lengths between 3 and 5 m and
subsequent finger-jointing of the raw material to
lamellas with the needed length of the beams.
In order to integrate high-strength LVL values in such
existing production lines, finger jointing of standardlength LVL strips would be the most efficient way to
introduce LVL lamellas to the glulam industry.
In the case of usual softwood lamellas the characteristic
strength values of well manufactured finger joints
always exceed the respective strength of timber, because
the timber strength is determined by defects (e.g. knots)
which are not allowed in the vicinity of the joints. Due to
the more homogeneous structure of LVL without distinct
major defects, finger joint strength values will at the
most be equal, but usually lower than the assigned LVL
strength values. In case of some types of softwood LVL
it has been shown earlier, that strength reductions could
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be limited. However, there is always a potentially
problematic interaction between the adhesive of the
truncated LVL-glue-lines and the finger-joint adhesive,
which has to be considered and tested thoroughly, also
under the aspect of long-term performance and varying
climate conditions.
For the case of beech LVL, the bonding is even more
challenging: On one hand the techniques developed for
softwoods have to be adapted (e.g. higher pressure,
longer cramping times) and on the other hand apt
adhesive systems have to be identified and / or
developed. Generally, it seems to be rather difficult to
maintain the quite high characteristic strength level of
beech LVL also for finger-joints. If the strength
reduction of finger joints compared to the basic LVL
material is too severe, the advantages of beech (or other
hardwoods) LVL are completely wasted, as the glulam
beam strength is then completely limited by finger joint
strength. One possible alternative would be the use of
other longitudinal joints than finger joints, e.g. scarf
joints. Another possibility consists in production lines, in
which non-jointed LVL lamellas cut from very long
tailor-made beech LVL plates are employed.
The research, development and testing of appropriate
glued joints and / or manufacturing systems is one of the
challenging tasks for the production and practical usage
of combined (hardwood) LVL / solid wood glulam.
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Mechanical properties of a composite lamella built up with thin sideboards and
its utilization to increase the material efficiency of structural elements
Raimund Sieder1, Manfred Augustin2, Thomas Lierzer3
ABSTRACT: To increase the material efficiency of Cross Laminated Timber (CLT) a composite lamella was
investigated. The lamella with a hollow cross section was built up with spruce sideboards. The hollow-lamellas (HL)
have high mechanical properties. Two different types of structural elements were produced with HL. First results
showed that despite a reduction of material between 13 % and 17 % the investigated slabs had a similar strength and
stiffness compared with conventional CLT elements produced with C24 acc. to EN 338.
KEYWORDS: hollow-lamella, CLT, mechanical properties, structural elements, material efficiency, creep

1 INTRODUCTION 1 23
The design of Cross Laminated Timber (CLT) elements
is commonly governed by the serviceability limit state
(deflection, vibrations). Figure 1 shows e.g. the
maximum achievable span of a single-span CLT slab
(5 layers, tCLT = 200 mm) acc. to EN 1995-1-1 [1].

those of conventional solid timber (BRANDNER [2]).
The use of higher quality material indents to counteract
the decrease in stiffness. In a first step the mechanical
properties of the HL and finger joints were determined.
In the second step different structural elements with the
HL-prototype were produced and their properties
specified.

2 HOLLOW-LAMELLA
2.1 SPECIMEN
The cross section of the specimens is shown in Figure 2.
The holes inside the lamellas resulted in a reduction of
17.1 % input of material. As adhesive a MUF glue was
used. The members in the top layers of the lamella are
edge bonded. Due to the manufacturing process the
length of the hollow-lamellas was limited to 4 m.

Figure 1: Max. span of a CLT slab (single-span)

A research project called “Hollow Lamella” (HL) was
launched by the company Mayr-Melnhof Holz Reuthe
GmbH and the holz.bau forschungs gmbh, Graz. The
aim was to increase the material efficiency of structural
elements. This was accomplished by creating lamellas
with rectangular holes inside the cross section. The
hollow-lamella consisted of multiple small sideboards
(parallel fibre orientation). This reduction of material
leads to a decreased shear and rolling shear strength of
the prototypes, but also to a loss of stiffness in the
longitudinal direction. In literature the properties of
sideboards taken from mature wood are known to exceed
1

Raimund Sieder, holz.bau forschungs gmbh,
Inffeldgasse 24, Graz, Austria, raimund.sieder@tugraz.at
2
Manfred Augustin, holz.bau forschungs gmbh, Austria
3
Thomas Lierzer, Mayr-Melnhof Holz Holding AG,
Turmgasse 67, Leoben, Austria

Figure 2: Cross section of the hollow-lamellas (HL)

Due to the limited length it was necessary to use finger
joints to build up larger structural elements. The used
geometry of the finger joints was 15 mm in length, with
a pitch of 3,8 mm and a cutter width of 0,42 mm. Hereby
the finger joints were milled into the whole lamellas in
one step.
2.2 TEST PROGRAMME
The test programme for the determination of the
mechanical properties of the hollow-lamella involved
bending and tensions test as listed in Table 1.
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Table 1:

Test programme – hollow-lamella

Tension
Tension
Bending
Bending
Total

Finger joints
No
Yes
No
Yes

Number of tests
40
40
20
20
120

2.3 TEST SETUP – HOLLOW-LAMELLA

2.5 COMPARISON WITH
CONVENTIONAL BOARDS
The utilization of mature wood as raw material and a
system effect yield in high mechanical properties
compared to conventional solid timber boards.
Nonetheless for the intended use in structural elements
and for a suitable comparison with solid timber it is
necessary to refer the mechanical properties of the
prototypes to the gross cross section (see Figure 4).

The tests to determine the tension stiffness and strength
of the prototypes were carried out according to
EN 408 [3]. For the examination of the finger joints the
length between the grips was reduced to 200 mm.

Figure 4: Definition of the gross cross section

The lamellas showed equal or higher characteristics than
boards assigned to C24 acc. EN 338 [5] (commonly used
as raw material for the production of CLT) even when
the mechanical properties are referred to a rectangular
cross section which neglects the holes within the HL.
Table 3:

Figure 3: Test setup hollow-lamella ((a) tension, (b) bending)

ft
fm
fv
Et,0
Em

Mechanical properties of the hollow-lamellas
referred to the gross-cross section

net cross section

gross cross section

22.9
47.3
4.57
13 880
13 191

19.0
46.4
2.32
11 513
12 941

[N/mm²]

[N/mm²]

C24

[N/mm²]

14.0
24.0
4.00
11 000
11 000

The first bending test specimen with a span of 18 times
the height led to a shear failure within the middle-layer
(web). To achieve a bending failure the distance between
the support and the load position was increased
(Figure3 (b)). Hereby tests were carried out with and
without finger joints in the specimen. If these were
present they were placed in the middle of the span.

Hollow-lamellas showed a similar tensile stiffness as
solid wooden boards with strength class C24. Hence
structural elements made out of HL can achieve a
comparable bending stiffness as conventional CLT
elements.

2.4 RESULTS

2.6 FINGER JOINTS (FJ)

The results of the tests on the hollow-lamella are shown
in Table 2. All values are referred to the net-cross
section and the properties with the index j indicate the
characteristics of the finger joints.

For the further application of hollow-lamellas to build up
structural elements finger joints are necessary. In the
national standards for glue laminated timber [6] and
cross laminated timber [7] the characteristics of the fj
should exceed the properties of the joined members. For
CLT elements the required strength of the finger joints
within boards is defined as:

Table 2:

Results hollow-lamella net-cross section

n

ft
ft,j
fm
fm,j
fv
Et,0
Em
ρ12
1)
2)

[-]

39
39
14
20
20
39
33
150

mean

COV

char. value 1)

33,2
27,2
60,0
45,5
5,87
13 880
13 191
477

18.9
15.3
11.6
11.3
12.9
9.01
10.3
4.40

22.9
20.1
47.3
36.0
4.57
442 2)

[N/mm²]

[%]

characteristic value acc. EN 14358 [4]
5%-quantile normal distribution

[N/mm²]

f t , j , k  5, 0 + f t ,0,l , k

(1)

f m , j , k  8, 0 + 1, 4  f t ,0,l , k

(2)

where ft,0,l,k = tension-strength of the raw material
When these requirements are applied to the investigated
product this would lead to the following demanded
strength of the finger joints:
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Table 4:

Requirements finger joints within hollow-lamellas

Test 1)

ft,0,HL,k
ft,j,k
fm,j,k
1)
2)

[N/mm²]

22.9
20.1
36.0

Req. 2)

[N/mm²]

27.9
40.1

Δ

[N/mm²]

-7.10
-4.10

Table 5:

Reduction of area due to offset of webs

Δ

offset web 1)

ΔA 2)

-25.8
-10.2

5
10
15
20

-4.67
-9.35
-14.0
-18.7

[%]

test results
required strength acc. Equation (1) and (2)

From the results in Tab. 4 it can be concluded that the
finger joints cannot achieve the required strength. The
tension strength of the fj is even below the
characteristics of the tested prototype. This lack can be
explained by two reasons:
- Knots:
The surrounding areas of the finger joints should be free
of knots. In current standards the minimal distance
between a knot and the end of the cross-cut timber is
defined with three times the knot diameter to ensure an
undisturbed grain flow and a flawless area around the
finger joints. It was difficult to achieve a clean end
section for the joints, due to the hollow-lamella’s
structure (number of elements and hidden middle layer).
Thus in some tests it was observed that knots were near
or even inside the finger joint.
- Geometry of hollow-lamellas:
The cross section area of both members (A1 and A2 in
Figure 5) was calculated and the smaller one was used to
compute the strength of the finger joints. The often
detected offset of the middle layer (webs) in the
specimen was not considered.

Figure 5: Reduced cross section of the finger joints

During the dimension measuring of the specimen the
position of the single webs in the middle layer was not
recorded. Hence the real bonding area (Anet in Figure 5)
of the finger joints couldn’t be calculated exactly. In
theory an average offset of 20 mm in the middle-layer
leads to a loss of 18.7 % with respect to the totally glued
area. Considering these effects the finger joints could
eventually achieve the required strength as stated before.

[mm]

1)
2)

[%]

average offset webs (middle layer)
theoretical reduction of area due to offset

Nonetheless for the intended use of hollow-lamellas to
build up structural elements it is necessary that the finger
joints match the strength of the raw material when
referred to its gross cross section. Thus the
manufacturing accuracy has to be increased to utilise and
exploit the available potential of the hollow-lamella.

3 STRUCTURAL ELMENTS BUILT UP
WITH HOLLOW-LAMELLA
3.1 SPECIMEN
In the next step hollow-lamellas were used to build up
structural elements. The specimens were produced at the
CLT-factory of Mayr-Melnhof in Gaishorn/Austria
under the same circumstance as conventional CLT
elements. Only the applied pressure for gluing was
reduced slightly.
In this research two different cross sections were
investigated (Figure 6): The 5-layer specimens were
built up with HL (layers parallel) and solid timber (C24
acc. EN338 [5] in layers perpendicular to the span).
All laminations of the 3-layer elements consisted of
hollow-lamellas. The length of all investigated elements
was 3 m. Despite the short length of the tested elements
finger joints were present within them.

Figure 6: Geometry of the tested structural elements
produced with HL

3.2 TEST PROGRAMME
The test programme involved tests to determine the
bending and the rolling shear strength of both cross
sections. In addition tests on the long-term creep
behaviour were carried out. A summary of all tests is
given in Table 6.
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Table 6:

Test programme – structural elements

Bending
Rolling shear
Creep
Total

Number of tests
3-layer
15
3
18

Number of tests
5-layer
10
8
2
20

constant over the whole test duration and corresponds
with service class 1 acc. EN 1995-1-1 [1]. Over the test
duration of one year the global deflections in the middle
of the elements were measured in certain time steps.

3.3 TEST SETUP – STRUCTURAL ELEMENTS
The determination of the mechanical properties of the
structural elements was accomplished by 4-point
bending test acc. to EN 408 [3]. The 5-layer elements
were tested with a span of 18 times their height (see
Figure 7). The rolling shear tests on the 5-layer elements
were carried out with a distance of three times the
specimen’s height between the support and the load
position.
For the 3-layer elements a larger span (24∙h) was chosen
to achieve a bending failure due to the low assumed
rolling shear strength of the hollow-lamella in the layers
perpendicular to the span (Figure 8).
The test setup for the creep tests is shown in Figure 9.
The specimens were loaded with a constant mass of
700 kg, which is about 15 % of the load carrying
capacity of the investigated elements. The “creep tower”
was situated in a climatic chamber. The prevalent
climate (20°C and 65 % relative humidity) was kept

Figure 9: Test setup “creep tower”

Figure 7: Test setup – 5-layer elements

Figure 8: Test setup – 3-layer elements
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3.4 TEST RESULTS
The results of the bending and rolling shear test on
structural elements built up with hollow-lamellas are
shown in Table 7 and Table 8. The bending tests of the
3-layer specimen resulted in rolling shear failures hence
no bending strength could be determined.
Table 7:

[-]

fm
fv,r
Em,loc.
Em,glob.
1)
2)

3.6 ROLLING SHEAR STRENGTH

Results 5-layer-elements

n

10
8
10
10

mean

COV

35.9
1.26
13 943
14 333

18.5
13.9
3.65
4.07

[N/mm²]

[%]

char. value 1)
[N/mm²]

23.6
0.921 2
-

Results 3-layer-elements

n

[-]

fm
fr,gross
fr,net
Em,loc.
Em,glob.

mean

COV

char. value 1)

(22.3)3
0.465
0.952
12 992
12 927

(6.09)3
6.02
6.02
6.28
5.71

0.410 2
0.840
-

[N/mm²]

15
15
15
15
15

[%]

[N/mm²]

1)

characteristic value acc. EN 14358 [4]
strength refers to a homogeneous cross-layer
3)
values only listed for comparison with other samples

2)

3.5 BENDING STRENGTH
During the bending test on the 5-layer specimen it was
observed that five specimen had finger joints (fj) in the
tension zone of the bending moment which led to their
failure.
Table 9:

Results 5-layer-elements

n

fm,total
fm,without fj 2)
2)

For the bending tests on the 3-layer elements in general a
rolling shear failure could be observed, despite the large
span of 24∙h. The typical failure for this specimen type is
shown in Figure 11.

characteristic value acc. EN 14358 [4]
strength cross-layer, solid timber C24

Table 8:

1)

Figure 10 shows a boxplot of the bending strength
depending on the failure mode. Significant deviations in
the bending strengths could be found when finger joints
were present. This can be interpreted as result of the
previously discussed limited performance of the finger
joints.

[-]

10
5

mean

COV

char. value 1)

35.9
41.7

18.5
4.96

23.6
36.9

[N/mm²]

[%]

[N/mm²]

characteristic value acc. EN 14358 [4]
test without finger joint failure

Figure 11: Rolling shear failure – element with 3–HL- layers

The rolling shear strength of the hollow-lamellas in the
cross layer was calculated to 0.41 N/mm² when treated
like a homogeneous layer (gross section) and
0.84 N/mm² when referred to the net section (width of
webs in the middle layer). The rolling shear strength of
HL was lower than in conventional timber. This is
mainly because of the small relation between height and
width of the webs and the thereby higher bending
stresses perpendicular to the grain.
3.7 SHEAR RIGIDITY OF
STRUCTURAL ELEMENTS
To calculate the deflection of the investigated elements
accurately it is necessary to consider the deformation due
to shear stresses. This was accomplished by using the
Timoshenko beam theory. Therefore the bending
stiffness, the shear rigidity and the shear correction
factor had to be calculated. The MOE parallel to the
grain was estimated to be 13 500 N/mm². The modulus
of elasticity perpendicular to the grain was neglected
(E90 = 0). The modulus of rigidity was assumed with
810 N/mm² acc. EN 338 [5]. The rolling shear modulus
of
the
raw
material
was
estimated
as
81 N/mm² (G0 / G90 = 10). Due to the complex geometry
an apparent rolling shear modulus for the hollow-lamella
was calculated to Gr,app = 40.3 N/mm².
The shear rigidity (SHL) and the shear correction factor
(κ) are defined as:
S HL =

with

Figure 10: Boxplot bending strength 5-layer elements

κ=

(A G )
i

(A G ) 
K

i
2
HL

i

κ

i

⎛ S 2 ( z, E ) ⎞

 ⎝⎜ G( z )  b( z ) ⎟⎠ dz
h

(3)

(4)
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Through solving the integral over single layers, the shear
correction factor results in:
κ=

G t
i

⎛
t
2⎞
⎜ Ei  + Ei  ti  ei ⎟
12
⎝
⎠

⎛

ti

⎜

t ⎜ 60  G
i

i

3
i

⎝

i

2

As shown in Figure 13 the maximum deviation between
the local and global MOE was about 5 % when the shear
rigidity SHL is determined with equation (3).



(5)

⎡60  S + 20  Ei  S0  ti  (ti + 3  z0 ) ⎤ ⎞
⎢ 2 2
⎥ ⎟⎟
2
2
⎣⎢ + Ei  ti  (3  ti + 15  ti  z0 + 20  z0 ) ⎦⎥ ⎠
2
0

where t = thickness of layer, i = number of layers
To determine the shear correction factor for structural
elements built up with hollow-lamellas the cross section
was split into the layers depicted below:

Figure 12: Definition of layers for the calculation of the shear
correction factor

To consider the smaller width of the webs the moduli
were reduced for the calculation (Table 10).
Table 10: Layers and assigned properties

orientation
Layer 1
Layer 2
Layer 3
Layer 4
Layer 5
Layer 6
Layer 7
1
2

Ei

[N/mm²]

[°]

0
0
0
90
0
0
0

13 500
6 593 1
13 500
0
13 500
6 593 1
13 500

Figure 13: Comparison - local and global MOE
(with SHL = shear rigidity of 3-layer element)

3.8 CREEP BEHAVIOUR
The specimen have been exposed to climate and loading
as described above. Creep values kc (here: creep
deformation dependent on time / initial deformation)
were calculated from the global deformations of the
elements (Figure 14).

Gi

[N/mm²]

810
396 1
810
40.3 2
810
396 1
810

reduction to consider width of webs
apparent rolling shear modulus

These assumptions resulted for the cross section with 3layers (see Figure 12) and a width of one meter to a
bending stiffness of KHL = 1.823∙1012 Nmm², a shear
correction factor of κ = 7.520 and a shear rigidity of
SHL = 7.730∙106 N.
The bending tests on the 3-layer elements were used to
verify the calculation of the shear rigidity. The
determined MOE from local and global deflection
should yield into similar results when the deformations
due to shear stresses were taken into account.
Em, global =

S HL  a1   3  l 2  4  a12 

K
48  HL
Eref

dw a1 ⎞
⎛
 ⎜ S HL 

dF 2 ⎟⎠
⎝

Figure 14: Results of creep tests

To receive creep factors for a load duration of 50 years
the model defined in EN 1156 [8] (Eq. (7)) was fitted to
the test data. The creep factors in Table 11 are smeared
values (incl. creep due to bending and shear).





kc (T ) = 1  1  e 2 T  + 3  T 4

(7)

where T = time, β1 ÷ β4 = fitting parameter
Table 11: Creep factors

(6)

where l = span, a1 = distance between the support and
the load position

n

3-layer elements
5-layer elements
1)

smeared creep factor

[-]

3
2

kdef 1)

COV

1.11
0.883

9.15
9.79

[N/mm²]

[%]
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The calculated kdef-values for the examined cross
sections are higher than for conventional timber
(kdef = 0.6 for service class 1 (SC1) acc. [1]). This can be
explained by the altering layer orientation and the higher
creep behaviour perpendicular to the grain [9, 10]. Thus
the obtained creep factors are only valid for the
examined cross sections. Investigations on the creep
behaviour in conventional CLT-slabs in SC1 conducted
by JÖBSTL [11] and NAKAJIMA [12] resulted in a
creep factors of kdef,CLT = 0.85 for 5-layered CLT and
confirm higher creep factors for elements with
alternating orientations.
3.8.1 Creep due to rolling shear stresses
In order to provide creep factors kdef for elements with
different cross sections a creep factor kdef,90 for rolling
shear stresses (like in [11]) based on engineering
assumptions was calculated. In the current design codes
long term deflections are determined by multiplying the
initial deformation with one plus the creep factor.
w( E0 , G0 , G90 )t =∞ = w( E0 , G0 , G90 )t =0  (1 + kdef )

3.8.2 Re-calculation of smeared creep factors
A smeared creep factor for cross sections with
alternating layer orientation are influenced by the
thickness of the single layers and their ratio due to the
different creep behaviour parallel and perpendicular to
the grain. Furthermore the smeared creep factors
consider the deflection based on bending and shear
stresses. Similar to CLT the part of shear deformation on
the total deformation of structural elements built up
hollow-lamellas decreases with a higher span (l/h –
ratio). Caused by the higher creep value in respect to
shear deformations the smeared creep factor is therefore
also dependent on the l/h – ratio. In this research and
later on for an easy design of structural elements the
ratio was fixed conservatively as l/h = 18 (usual
application for CLT-slabs l/h = 20 ÷ 30).
The smeared creep factors were calculated by Eq. (11)
for single-span beam with a continuously distributed
load (Eq. (12)).

(8)

where kdef = creep factor

kdef

The deflection at the centre of the span for four point
bending test is defined by.
w(l / 2) ==

23  F  l 3
F l
.
+
1296  K HL ( E0 ) 6  S HL ( E0 , G090 , G9090 )

w( E0 , G0 , G90 )t =0  (1 + kdef ) =
⎛ E
G0
G90 ⎞
0
⎟
,
,
w⎜
⎜ 1 + kdef ,0 1 + kdef ,0 1 + kdef ,90 ⎟
⎝
⎠ t =∞

w(l / 2) =

(9)

The increase in deflection can also been seen as a
reduction in stiffness (i.e. E / (1+kdef)). Taking the shear
deformation into account and by assuming the same
creep behaviour for bending and shear parallel to the
grain it follows:
(10)

where kdef = smeared creep factor, kdef,0 = creep factor
parallel to the grain (here: kdef,0 = 0.6), kdef,90 = creep
factor perpendicular to the grain
The creep factors kdef,90 were determined iteratively using
equation (10) with kdef,0 = 0.6 as a constant value for the
creep parallel to the grain. The results for the 5 specimen
are shown in Table 12. JÖBSTL [11] calculated with the
same assumptions a creep factor kdef,90 to 2,27 in average.

⎛ E
G0
G90
0
,
,
w⎜
⎜ 1 + kdef ,0 1 + kdef ,0 1 + kdef ,90
⎝
=
w( E0 , G0 , G90 )t =0

⎞
⎟
⎟
⎠t =∞

(11)

1

5 q l4
q l2
+
384  K HL ( E0 ) 8  S HL ( E0 , G090 , G9090 )

(12)

With these assumptions, kdef-values for different 5-layer
element (see Table 13) were calculated. The material
properties for the hollow-lamella were the same as in
section 3.7 and for solid timber E0 was assumed to
11 600 N/mm², G0 = 690 N/mm² and G90 = 69.0 N/mm².
Table 13: Cross sections – structural elements

name
5s-HL-ST
5s-CLT-160
5s-HL
5s-CLT-200

layers
5-40/20/40/20/40
5-40/20/40/20/40
5-40/40/40/40/40
5-40/40/40/40/40

LL 1)
hl
st
hl
st

CL 2)
st
st
hl
st

Perpendicular layers are underlined
hl…hollow-lamella; st…solid timber (C24)
material longitudinal layers
2)
material cross layers
1)

Table 12: Creep factor kdef,90

5s-01
5s-02
3s-01
3s-02
3s-03
Mean
1)

2)

kdef 1)

kdef,90 2)

0.942
0.754
1.10
1.09
1.15

2.71
1.57
2.38
2.35
2.59
2.32

[-]

smeared creep factor
creep factor rolling shear stress

[-]

Figure 15: Smeared creep factor for different l/h-ratios
(for cross section details see Table 13)
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Figure 15 shows the smeared creep factor of structural
elements built up with hollow-lamella and CLT-slabs
depending on the l/h-ratio. The shear rigidity of elements
with hollow-lamella is lower than for CLT and therefore
an increased ratio between shear and total deflection
occur. Hence the higher smeared kdef-values when
compared with cross-laminated timber. The smeared
creep factors for the l/h-ratio = 18 are listed in Table 14.
Table 14: Smeared creep factors kdef (l/h-ratio = 18)

name

kdef

5s-HL-ST
5s-CLT-160
5s-HL
5s-CLT-200

0.80
0.81
1.01
0.86

Table 16: Achievable spans with 5s-HL and 5s-CLT-200

Shear
Rolling shear
Bending
Inst. deflection
Final deflection
Raw material

5s-CLT-200
L

5s-HL
L

81.1
34.7
11.3
7.03
6.92

41.4
15.1
11.6
6.97
6.74

[m]

[m]

Δ

[%]

- 48.9
- 56.5
+ 2.44
- 0.80
- 2.70
- 17.1

for cross section details see Table 13

[-]

4 COMPARATIVE ANALYSIS
With the gained knowledge and mechanical properties of
the investigated prototypes and their utilization in
structural elements a comparison with conventional
CLT-slabs was elaborated. The bending strength of
structural elements built up with hollow-lamellas was
assumed to be 35.0 N/mm², neglecting the lower strength
of the finger joints (they should be improved by means
of a better manufacturing accuracy).
Table 15: Mechanical properties – comparative analysis

fm,k
fv,k
fr,k
E0
G0
G90,app
1)
2)

HL 1)
35.0
2.50
0.41
13 500
810
40.3

CLT 2)
28.8
2.50
1.00
11 600
690
69.0

mech. properties hollow-lamella
mech. properties CLT (C24 as raw material)

The calculations were worked out according to EN 19951-1 [1]. Instead of the given values in [1], the long term
deformations were determined with the creep factors
derived in section 3.8.2.
As reference for this analysis a single-span “slab” in a
residential building was used. The dead load was
calculated for each cross section including the weight of
the screed. The live load was assumed to be q = 2 kN/m².
The investigated cross sections were compared by the
maximum achievable span according to the different
verifications.
4.1 ELEMENTS BUILT UP WITH
HOLLOW-LAMELLA
A 5-layer element with hollow-lamellas in longitudinal
and cross layers was compared with a conventional
CLT-slab. All laminations of the cross sections have the
same thickness of 40 mm (5s-HL & 5s-CLT-200 in
Table 13) and therefore a total thickness of 200 mm. The
results of the comparison are listed in Table 16.

Figure 16: Achievable spans with 5s-HL and 5s-CLT-200
(for cross section details see Table 13)

As shown in Figure 16 the maximal spans with respect to
the shear and rolling shear strength decline with the
application of hollow-lamellas in the layers. Nonetheless
the verification is still governed by the serviceability
limit state (SLS). The achievable span due to the final
deflection is about 3 % lower than for a conventional
CLT-slab despite a 17 % reduced material input.
4.2 HYBRID ELEMENT PRODUCED WITH
SOLID TIMBER AND HOLLOW-LAMELLA
A Hybrid element with hollow-lamellas (t = 40 mm) in
the longitudinal and solid timber (t = 20 mm) in cross
layers was compared with a conventional CLT-slab.
Hence the total thickness of the elements was 160 mm
(5s-HL-ST & 5s-CLT-160 in Table 13). The results of
the calculation are listed in Tab. 17:
Table 17: Achievable spans with 5s-HL-ST and 5s-CLT-160
5s-CLT-160
L

5s-HL-ST
L

64,1
28,0
9,84
6,00
5,98

32,3
29,1
10,0
6,03
5,97

[m]

Shear
Rolling shear
Bending
Final deflection
Inst. deflection
Raw material

for cross section details see Table 13

[m]

Δ

[%]

- 49,6
+ 3,87
+ 1,80
+ 0,56
- 0,17
- 13.4
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• With structural elements built up with hollowlamellas similar spans are achievable as with
conventional cross laminated timber, despite a reduction
of material up to 17 %.
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FATIGUE BEHAVIOUR OF TIMBER COMPOSITES AND CONNECTIONS
FOR ULTRA HIGH WOODEN TOWERS
Zachary Christian1, Simon Aicher2
ABSTRACT: With the increased use of timber and glued timber members in dynamic loading situations, updated
testing and design specifications for timber products in Europe are needed. In connection with the development of a
140 m high timber wind turbine tower being developed by the company Ed. Züblin GmbH in Germany, fatigue testing
was carried out on various materials and connections, of which here discussed are primarily: laminated veneer lumber
(LVL), cross laminated timber (CLT) and an oversized, 300 mm glued “mega” finger-joint loaded in the axial direction.
The results show a good correlation with timber fatigue strength results given in literature and reveal the shortcomings
and overly conservative design values of the current design procedures for timber subjected to fatigue loading as given
by the European standards.
KEYWORDS: timber composites, laminated veneer lumber (LVL), cross laminated timber (CLT), fatigue, glued
timber connections, wind turbine towers, finger joint, epoxy

1 INTRODUCTION

123

In the 19th to early 20th centuries, large, dynamically
loaded timber structures such as railway bridges and
even aircrafts made use of the high efficiency of wood
with concern to its damage tolerance to fatigue stresses.
Since then, however, the majority of timber
constructions are designed primarily for only static
loading situations. The only European design standard
for timber in dynamic loading, Eurocode EN 1995 – 2
(EC5-2) [1], is intended principally for bridge design.
The specified design curves were conservatively based
on the exhaustive literature study and data compilation
of all known studies of timber fatigue properties up to
2001 and the subsequent data fit curves from Kreuzinger
Mohr given in [2, 3]. The resulting design approach is
based on the application of a characteristic strength
reduction factor kfat as a function of the number of
loading cycles at the specified stress level SL.
With the ever increasing use of timber (and specifically
timber composites and glued connections) in dynamic
loading situations such as bridges, roller coasters, tall
buildings and wind turbine blades and towers; more
suitable and complete material and connection specific
design procedures for timber products are required. In
connection with the development of a 140 m high wind
turbine tower by the company Ed. Züblin GmbH in
Germany [4], fatigue testing of laminated veneer lumber
1
Zachary Christian, MPA University of Stuttgart, Germany,
zachary.christian@mpa.uni-stuttgart.de
2
Simon Aicher, MPA University of Stuttgart, Germany,
simon.aicher@mpa.uni-stuttgart.de

(LVL), cross laminated timber (CLT) elements and
glued connections was carried out at the Materials
Testing Institute (MPA), University of Stuttgart, with the
results being comparable, or in most cases better, to
those obtained by Mohr for primarily solid wood and
glulams in [2]. As the presented work represents
preliminary investigations for an ongoing research and
development project, specific results will not be
presented here, but rather generalized testing and
analysis approaches as well as a rough comparison of
results to those from the European standards.

2 FATIGUE DEFINITIONS
Structures that are subjected to repeated loading are
susceptible to fatigue damage. Generally, the higher the
repeated load with respect to the static strength, the
fewer number of loading cycles that the structural
member can withstand. For steel for instance, the
resulting load level versus number cycles of repeated
loading at the same load level to end of life has been
well proven to resemble a backwards “S,” known as the
“Wöhler curve” (see Figure 1).
Below a certain load, or “endurance limit,” specimen
failure will not be reached despite further load cycles (as
seen by the final, horizontal section of the Wöhler curve
in Figure 1). Fatigue testing of materials is typically
carried out by sinusoidal, repeated loading at a constant
load/stress level, where the stress ratio R between the
“upper” stress σo and the “lower” stress σu defined as
=

⁄

(1)

is shown graphically for all three stress ratio regions in
Figure 2 as given in [5].
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Figure 1: Illustration of Wöhler curve and Palmgren-Miner
rule definitions

testing procedures for fatigue properties of timber, what
little research that does exist was often performed with
varying testing techniques and data interpretation
methods. In their exhaustive literature study on fatigue in
timber and subsequent data analysis, Kreuzinger and
Mohr [2; 3] discovered that fatigue properties of timber
were highly dependent on the characteristic (5%
quantile) strength. Therefore, as a means of generalizing
the subsequent data sets, the results from [2] were
presented in terms of a fatigue strength reduction factor
kfat, to be applied to the characteristic strength. In this
way, the results for the wide range of data (though
primarily for solid timber and glulam members) could be
normalized into only a few encompassing data fits or
“fatigue classes” (see Table 1) according to loading or
connection types with similar fatigue strength
reductions. Note: A lower fatigue class number
represents better fatigue performance.
Table 1: Fatigue classes according to [2]

Fatigue
class
I
II

Type of loading/ Connection
•
•
•

Pulsating compression
Pulsating tension
Pulsating/
alternating
bending
Alternating
tension/
compression
Dowels and bolts
Pulsating
tension
in
finger joints
Pulsating loading for nail
connections
Alternating shear

•
III

•
•
•

Figure 2: Fatigue testing definitions according to [5]

•

In situ, structural members are typically subjected to
repeated loads of varying load levels, thereby requiring a
cumulative fatigue damage rule Dfat in order to correlate
the experimental results with more realistic loading
patterns over the life of the structure, which can be
further reasonably estimated with help of Markov
matrices [6]. In an approximation, the linear damage
accumulation rule according to Palmgren-Miner as
=

⋯=

1

(2)

with
, ,

number of applied load cycles at a determined
given stress level,
, , number of load cycles to failure at the
corresponding stress level,
has been well proven for structural steel applications.
and shown graphically in Figure 1.

3 SUMMARY OF RELEVANT, KNOWN
RESEARCH OF FATIGUE IN TIMBER
With the replacement of timber by metals and
composites in dynamically loaded structures after the
mid-20th century, fatigue research in timber began to
abate. Further, without any established standardized

Graphically, conservative, bi-linear best-fits were made
per fatigue class, with the form
=

∙ lg ,

∗

(3)

=

∙

∗,

(4)

,

where SL becomes kfat, and the constants given in Table
2, and the resulting curves resembling those presented
for fatigue class II in Figure 3.
From the various kfat curve fits for a range of stress ratios
R, further three-dimensional best-fits were defined for
each linear section given in Table 2, where kfat becomes
a function of R and N, kfat(N,R), with linear, quadratic
and cubic functions of R established for classes I, II and
III, respectively. Figure 4 depicts the strength reduction
factor kfat per fatigue class as defined by [2] at a constant
number of load cycles N=107 for the range of stress
ratios R from -1 to 1.
Table 2: Coefficients of bi-linear best-fits by fatigue class [2]

Fatigue class
I
puls.
II
puls.
III
puls.
I
alt.
II,III
alt.

a1
1
1
1
1

b1
-0.05
-0.08
-0.10

N*
105
106.3

a2
0.85
0.683

b2
-0.05
-0.05

-0.15

104.5

0.55

-0.05
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correction factors to the characteristic strength fk
according to Equation A.4 [1] as

1
0.9
0.8

,

kfat

0.7

=1−

R = -1

0.4

R=0

0.3

R = 0.1

0.2

R = 0.9

0

fatigue class II

R

2
4
6
number of load cycles log(N)

8

a, b

Figure 3: Fatigue reduction factor kfat for fatigue class II and
various stress ratios R values according to [2]
1
0.8

kfat

0.7
0.6
0.4

1−
∙ −

∙ log

∙

∙

(7)

≥ 0,

is the stress ratio as defined as
≤ 1,
−1 ≤ = , ⁄ ,
are fatigue action or connection-specific
coefficients given in Table A.1 in [1] and
repeated here in Table 3,
is a damage consequence factor, taken as 3 if
the consequences are substantial and 1 if not,
is the design service life and
is the number of constant amplitude stress
cycles.

fatigue class I

0.3

fatigue class II

0.2
0.1

fatigue class III
-1

-0.75

-0.5

-0.25
0
0.25
stress ratio R

0.5

0.75

1

Figure 4: Comparison of fatigue reduction factor kfat for all
fatigue classes according to [2] at N=107

4 EUROPEAN DESIGN PROCEDURES
FOR FATIGUE IN TIMBER
According to the only European governing standard for
timber structures subjected to fatigue loading, Eurocode
EN 1995 – 2 [1] - intended primarily for design of
timber bridges, a fatigue verification is necessary when
the ratio κ given by Equation A.1, Annex A [1] as
=

−

,

⁄

,
,

(5)

is larger than the specified value given in Section A.1 [1]
for specific loading situations or connection types,
where:

fk
γM,fat

(6)

Table 3: Coefficients a and b, representing the type of fatigue
action or connection from Table A.1 [1]

0.5

σd,min

β
tL
Nobs

N = 107

0.9

σd,max

.

,

where

R = 0.5

0.1

0

∙

The fatigue strength reduction factor kfat is determined by

0.6
0.5

0

=

is the numerically largest design stress from
the fatigue loading,
is the numerically smallest design stress from
the fatigue loading,
is the relevant characteristic strength and
is the material partial factor for fatigue
loading, to be determined nationally;
recommended as 1 in [1], and e.g. adopted
similarly in the German national standard [7].

When a fatigue verification is necessary, the design
fatigue strength ffat,d should be calculated by applying

Timber members in
- compression,
perpendicular
parallel to grain
- bending and tension
- shear
Connections with
- dowels with d ≤ 12 mm
- nails

or

a

b

2,0

9,0

9,5
6,7

1,1
1,3

6,0
6,9

2,0
1,2

Contrary to the resulting curves from [2], the kfat design
curves according to EC5-2 [1] are linear up to the
presumed fatigue limit (N=107), where the slope is a
function of the stress ratio R and the coefficients a and b.
Thereby, in a simplified expression where the number of
cycles is N=β·Nobs·tL, the fatigue strength reduction
factor kfat can be generalized as
=1−

∙ log

≥ 0,

(8)

with α=(1-R)/(a·b-R), similar to Equations (3) and (4).
Even at a first glance, it can be observed that Table 3
contains oversimplified groupings similar to those by [2]
as well as significant gaps (or at least ambiguousness) in
the connections adopted by the standard, with no
mention of glued connections whatsoever, despite glued
scarf joints demonstrating fatigue characteristics similar
to those of solid timber [2].

5 MATERIALS AND METHODS
The materials and test set-ups were designed and carried
out in such a way, that the structural member build-ups
and loading situations present in the final wind tower
would be most accurately, yet still conservatively,
represented. The static tests were performed following
established international standards to the best degree
possible, with the characteristic strengths being
determined according to EN 14358 [8]. For congruence
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of the results, the dynamic tests were performed with the
same test-setup as the static tests, but with load
controlled, sinusoidal loading. Minimally, two different
stress ratios R were required for each material or
connection loading configuration in order to fulfil the
minimum number of two further “known” points (in
addition to the static result) for determining a quadratic
best-fit of the results with regard to R (see [2] and
Section 6.2.2). One stress ratio per loading type range
(pulsating and alternating) was typically chosen
conservatively as having a large stress range ∆σ, and
further refined based on critical design stresses
established by the design engineers. For each stress ratio,
a minimum of three stress levels SL with minimally three
specimens per stress level were tested in fatigue.
Additionally, as a rough attempt at establishing the
location of the endurance limit, at least one runout
specimen (defined here as reaching 2 · 106 load cycles)
per stress ratio was aimed for.

Figure 5: LVL specimen and full-scale wind tower wall
element cross-sectional dimensions which it is meant to
represent

5.1 MATERIALS
5.1.1 Three-layered Laminated Veneer Lumber
(LVL)
A composite element consisting of three layers of
unidirectional laminated veneer lumber (LVL) plates
(Kerto-S acc. to [9; 10]), with two, 43 mm thick
longitudinally oriented outer layers, and a 17 mm thick
middle cross-layer, with the fibres oriented 90° to the
longitudinal direction, was investigated in both flexural
bending and shear tests. The specimen was designed in
order to represent a 7-layered wall element, composed
roughly of two of the three-layered elements of similar
dimensions as that which was tested (see Figure 5).

Figure 6: CLT specimen and full-scale wind tower wall
element cross-sectional dimensions which it is meant to
represent

5.1.2 Five-layered Cross Laminated Timber (CLT)
A five-layered cross laminated timber (CLT) element
(LENO acc. to [11; 12]), with a total of two, 22 mm
longitudinal layers per outer layer, and a 17 mm thick
cross layer, was investigated in shear tests. The specimen
was again designed in order to represent a 12-layered
wall element, composed roughly of two of the fivelayered elements of similar dimensions as that which
was tested (see Figure 6).
5.1.3 “Mega” finger joint
A 300 mm long glued “mega” finger joint connection,
with pitch p of 97 mm was examined for its suitability as
a connection solution along the tower’s longitudinal axis
between successive composite panel members. The test
specimen was composed of two outer LVL layers with
thickness tLVL of 50 mm, and a middle, spruce crosslayer of European strength class C 24 boards with
thickness tC 24 of 19 mm which were unglued along the
narrow edges. The specimen cross-section was chosen in
a similar way as those for the pure material tests (see
Figures 5 and 6), where a three-layered cross-section
was chosen as a representation of a 7-layered composite
panel in the final wall elements. Figure 7 shows the
injection epoxy-glued “mega” finger joint connecting the
two composite elements. Figure 8 depicts a full-scale
prototype of the connection between the two multi-finger
jointed panel segments.

Figure 7: Isometric representation of the “mega” finger joint

Figure 8: Tower section prototype for testing construction
feasibility, from [4]
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5.2 TEST PROCEDURES
5.2.1 Flexural bending tests
Both static and fatigue flexural bending tests were
carried out based on the test recommendations of EN
408 [13] for four-point bending, with test setup and
specimen dimensions according to those detailed in
Figure 9 and 10. Regarding the experimental campaign,
it should be stated that the realisation of pulsating fatigue
loading does not represent a highly demanding test
equipment. However, fatigue tests with alternating of
reversed loading, i.e. stress ratios of R < 0, a specific,
rather unique test setup was required, allowing for a
completely slip-free transition across the point at zero
loading, even at very high load cycles. Specimen death
was determined as the point where a sudden reduction in
the specimen stiffness without further stabilisation was
experienced.
As the rate of stiffness loss with accumulating fatigue
damage, and consequently the final stiffness loss at
specimen death, was seen to vary according to stress
level, no set stiffness-related test end rule could be
established. Alternatively, an extreme differential
deflection was set as the shut-off point, which in all
cases corresponded to the point at which a final, sudden
stiffness loss occurred and visible damage across the
entire cross-section was seen (see Section 6.1).
The fatigue tests were performed for stress ratios R = 0.1
and -0.8, with stress levels of SL = 0.5-0.9 and 0.45-0.6,
respectively, and a frequency of between 1 and 1.5 Hz.

Figure 9: Static and dynamic test configuration for the
flexural bending tests

Figure 10: Realised dynamic test configuration for the
flexural bending tests

5.2.2 Shear tests
Static shear tests were performed according to ASTM
D3737-12 [14], with dimensions detailed in Figure 11.
For the fatigue tests, the same principle loading
configuration as for the static tests was used aside from
the realisation of the support conditions, necessitating a
far more complex detailing as a result of the alternating

loading at R < 0. The fatigue tests (see Figures 11 and
12) were performed with stress ratios R = 0.1 (pulsating
shear) and -0.8 (alternating shear) and a frequency of 1 –
3 Hz. Specimens were tested at stress levels SL = 0.6-0.9
for R = 0.1 and SL = 0.4-0.6 for R = -0.8 with respect to
the log-normally calculated characteristic shear strength.
The test shut-off point was defined similarly as during
the bending tests (see Section 5.2.1), as the stiffness
behaviour was similar.

Figure 11: Static and dynamic test configuration for the shear
bending tests

Figure 12: Realised dynamic test configuration for the shear
bending tests

5.2.3 Axial tests
The “mega” finger joint specimens were first tested
statically in tension in the axial direction (resulting in a
shear loading of the angled glued interfaces) according
to the specimen dimensions and test setups shown in
Figure 13a-c as well as Figure 7. Loading of the
specimen was achieved via epoxy-glued-in, doublesided, ribbed steel plates (to be further discussed in later
publications), with a glued-in length of 300 mm. During
the static tests, a hand-tightened clamp was affixed
perpendicular to the resulting outer butt-joint sections
(see Figure 13b) in order to avert an opening of the
connection resulting from the transversal tensile stresses.
In the final wall connection, any opening will be
prevented by the neighbouring finger joints (see Figure
8).
During the fatigue tests, an LVL “buckling sleeve” was
fastened with screws around the specimen in order to
both prevent specimen buckling during the alternating
loading in the axial direction (R < 0) as well as to apply
the same transversal reinforcement as seen during the
static tests via clamps.
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Figure 13: a) Static and dynamic “mega” finger joint
specimen dimensions and test concept, b) realized static axial
test setup with hand-tightened transversal reinforcement, c)
realized dynamic axial test setup with transversal “buckling
sleeve”

Fatigue tests were performed with stress ratios R = 0.1
(pulsating tension) and R = -0.5 (alternating tension)
with a frequency of 5 Hz, at stress levels SL = 0.54-0.86
for R = 0.1 and SL = 0.32-0.75 for R = -0.5 with respect
to the log-normally calculated characteristic shear
strength of the connection. The definition of the test
shut-off point was again similar as during the bending
and shear tests.

c
Figure 14: Typical crack development in the LVL specimens
(a – side view, b – bottom view) and c) stiffness loss during
fatigue testing in bending

6 RESULTS AND DISCUSSION
6.1 FATIGUE BEHAVIOUR
As the static tests were for the most part standard, no
further discussion of the static results are examined here,
but rather directly the fatigue results and their
relationship to the static test results. In all instances, as is
typically experienced with timber, the specimens tested
in fatigue revealed a visually identical failure pattern as
the specimens tested statically. Further, the stiffness
diminished slowly until a sudden loss of strength near
the specimen death, as also determined by [15; 16].
6.1.1 Flexural bending tests
Both the static and fatigue flexural bending tests resulted
in specimens with typical bending failures. During the
fatigue tests with the LVL specimens, the failure began
at the outermost ply in the outer LVL layers with fibre
orientation parallel to beam axis. The crack then
developed both across the cross-section as well as higher
in the section with successive loading cylces. A
depiction of the crack development, as well as a plot of
the quasi-stiffness loss over time can be seen in Figures
14a-c. Further, the behaviour of the cross-layer during
fatigue loading can be clearly seen as a sudden loss in
stiffness (points 3 to 4) with a further stabilisation but
faster rate of stiffness loss.

a

b
Figure 15: a) Typical crack development and b) stiffness loss
during fatigue testing in shear of the LVL specimens
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6.1.2 Shear tests
The shear tests of the LVL and CLT specimens were
also affected during fatigue loading by the presence of
the cross-layer oriented perpendicular to the beam axis.
As can be seen in Figures 15a,b, the crack was initiated
at the interface between the cross-layer and one of the
lengthwise layers. This feature is most likely due to the
stiffness difference as could be observed during testing
by the much larger local deflection of the middle crosslayer as compared to the outer layers. The crack then
developed across the cross-section outwards, and finally
lengthwise along the specimen upon reaching the outer
layer. The described failure plane development was
consistently noted in both the LVL and CLT specimens.
6.1.3 Axial tests
The “mega” finger joint failed in shear along the glued
connection in both the static and fatigue tests. As seen in
Figure 16, failure during the fatigue tests initiated almost
immediately at the outer end-grain glued section, and
developed along the glueline with significant stiffness
losses at the further end-grain glued sections (points 3 to
4 and 5 to 6). Later tests (to be discussed in further
publications) were optimized so that the outer end-grain
glued sections were removed leaving spliced connections
at the outer specimen edges, delaying crack initiation
and thereby improving the fatigue results.

unsuccessful – requiring poly-fits and in essence,
prohibiting the determination of kfat(N,R) curves as
needed for the tower design model. As a result,
conservative, either linear or bi-linear best-fits kfat,0.05
were determined graphically according to one of two
methods. The first method follows a 95% survival
probability offset from the trendline determined through
all points as one sample and with log(N) as a function of
the stress level SL; log(N) = f(SL). The second method
consists of making an all-inclusive fit through an explicit
data point (typically representing a runout) which gives
the most conservative, yet still rational, slope of the fit
line with an y-intercept (characteristic strength level at
log(0) cycles) of 1.0. In some instances, a bi-linear
approach was taken, in which a combination of the two
described approaches is utilized causing a kink in the
design curve, with the constraint that the start-point
passes through the point (log(N),SL) = (0,1.0). The
resulting equations hereby follow the same structure as
given in Equations (3) and (4). Though it can be argued
that the characteristic strength is not truly determined at
log(N) = 0 cycles, this approach is formally necessary in
order to conform to the design methods outlined in the
Eurocodes.
Figure 17 shows the resulting kfat,0.05 design curves for
LVL subjected to pulsating (R = 0.1) and alternating
(R = -0.8) shear. For the case of pulsating shear, a bilinear approach can be seen (somewhat resembling the
backwards “S” shape seen in steel), where the first
section is composed of a linear fit through the
characteristic strength (0.0,1.0) and the result of the
specimen with the lowest fatigue life at the lowest stress
level. The second section of the fit ( > approx. log(6))
represents a 95% survival probability offset of the
overall mean of specimens tested to failure. For the case
of alternating shear, a reasonable fit can be obtained by
passing a line through (0.0, 1.0) and the result of the
worst performing specimen at the lowest stress level.
Similar results and fitting techniques were seen by the
other material, type of loading or connection, though in
the case of the connection, a greater data spread was
experienced for the stress ratio R = 0.1 (see Figure 18),
where a fit was determined through the data point giving
the most conservative design curve.

Figure 16: a) Typical crack development and b) stiffness loss
during fatigue testing of the “mega” finger joint

6.2 DETERMINATION OF THE kfat STRENGTH
REDUCTION CURVES
6.2.1 Determination of the kfat(N,R=const.)-curves
The results for each stress ratio R per material/
connection are plotted semi-logarithmically, with the
stress level SL on the y-axis, and the log of the number
of cycles to failure log(N) on the x-axis. Due to i) the
sometimes limited number of specimens, ii) in some
instances large scattering of results and iii) the constraint
that the design curve must pass through the point
(log(N),SL) = (0,1.0) in order to follow a similar design
method as that given in EC5-2 [1] based on a reduction
of the characteristic strength; plausible, purely
mathematical fits of the data were for the most part

Figure 17: Fatigue results and kfat design curves for LVL
subjected to pulsating (R=0.1) and alternating (R=-0.8) shear
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Figure 18: Determined characteristic kfat,0.05-design curve of
“mega” finger joint with stress ratio R=0.1

Figure 19: Three dimensional kfat,0.05(N, R)-curve for LVL in
bending for the region 0≤lg(N)≤5

6.2.2 Determination of the kfat(N,R)-curves
In order to facilitate an easier application of the strength
reduction factor kfat in practice, a kfat(N,R) fit was
calculated for each log(N) section with the form
log

,

=

∙ log
∙ log

∙

∙ log

∙

(9)

where the variables a, b and c were determined from the
two previously established kfat(log(N),R=constant) design
curves (one for both pulsating and alternating loading
situations) along with the constraint that any fit must
pass through the point (kfat, log(N), R,)=(1.0, 0.0, 1.0).
For the case of shear loading in the five-layer CLT buildup (LENO), the initial quadratic fit resulted in a higher
kfat value at R = -1.0 than at R = -0.8 which is physically
not feasible. As a result, a cubic relationship for kfat was
determined with the introduction of a fourth constraint
where the slope at R = -1.0 must be greater than or equal
to 0. The resulting three-dimensional plot of
kfat,0.05(log(N), R) for LVL in bending is depicted in
Figure 19.

Figure 20: Comparison of the kfat(R)curves at
N=const.=log(107) for timber elements loaded in shear, acc. to
equations derived by the MPA University of Stuttgart, EC5-2
[1], and Mohr [2]

6.3 COMPARISON OF RESULTS
In a first comparison of the results, it can be noted that
with regard to fatigue life, LVL outperformed CLT. As
can be seen in Figure 20, for stress ratios closer to R=0,
LVL achieved a nearly 15% smaller strength reduction,
i.e. longer fatigue life, possibly due to the number of
plies which provide more crack barriers than the 5 total
layers of the CLT elements (4 oriented lengthwise and 1
cross layer). A further comparison of the final kfat design
curves reveals a relatively close agreement between the
CLT results and the mostly solid wood and glulam
results examined by Mohr [2], further suggesting an
increase in fatigue strength as a result of the laminated
build-up of LVL. All three curves (CLT, LVL, and Mohr
[2]) are further seen to be significantly (up to ca. 30%)
above that prescribed by the Eurocode [1]. When
comparing the shear strength results of the “mega” finger
joints with the given EC5-2 [1] kfat curve and even that
from Mohr [2], the test results further confirm excellent
fatigue behaviour of glued LVL connections, even when
compared to mechanical connections (see Figure 21).

Figure 21: Comparison of the kfat(R)curves at
N=const.=log(107) for the Mega-finger-joint, determined acc.
to equations derived by the MPA University of Stuttgart, EC5-2
[1], and Mohr [2]
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6.4 FURTHER CONSIDERATIONS
Of course a conservative approach must be taken in
order to account for the various differences between
testing conditions and in-situ loading conditions. One
such difference is the loading type. During testing, as
discussed in Section 5, a constant sinusoidal load was
applied. In reality, however, dynamic loading occurs
primarily as complex variation loading instead of being
purely sinusoidal. As can be concluded from literature
[17], the fatigue life of wood and wood products can be
assumed to be correlated with the integral of the applied
load (and hence a function of maximum and minimum
applied stress as well as loading duration) as opposed to
solely the stress amplitude ∆σ, as is of primary
importance in fatigue life of steel. A stepped loading,
therefore, is more damaging than a sinusoidal one.
Further, the relationship between creep (a phenomenon
inherent to timber and not experienced by steel) and the
length and level of loading is not yet fully understood.
Additionally, the Palmgren-Miner Rule for linear
accumulation of cyclic loading damage, which is
recommended by EC-5 [1], implies that the order of
loading is inconsequential. This is again of course a valid
assumption when considering steel, but fatigue testing in
wood has shown that an earlier occurrence of a highly
“destructive” loading application (i.e. large stress level
or stress ratio) causes a quicker failure as opposed to
when the same load were to be applied later on in the
loading period [18]. A further and possibly more
influential factor for glued timber products as seen in the
literature [2] is the effect of moisture on the fatigue
results. A higher moisture content is shown in [19; 20] to
decrease the average fatigue strength at 107 cycles by
over 40%, when comparing “dry” (mc=5%) and
“saturated” (mc=35%) results. Tests with solid wood, in
contrast, reveal no negative influence of moisture on the
fatigue strength at higher load cycles.

7 CONCLUSIONS
Fatigue testing carried out at the Materials Testing
Institute (MPA), University of Stuttgart, in connection
with the development of a 140 m high timber wind
turbine tower confirmed the suitability of timber, and
specifically of timber composites and glued connections,
for use in dynamically loaded structures. The results
further highlight the need for updated standards with
regard to structures subjected to dynamic loading, not
only in terms of the materials and connections covered,
but also ideally with an approach more suited to the
specific challenges of timber rather than an approach
loosely based on fatigue of steel design methods.
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EXPERIMENTAL STUDY OF THE INFLUENCE OF VENEER LATHE
CHECKS ON LVL ELASTIC MECHANICAL PROPERTIES
Guillaume Pot1, Louis Denaud1, Jean-Claude Butaud1, Stéphane Girardon1,
Robert Collet1, Fabrice Cottin1
ABSTRACT: Laminated veneer lumber (LVL) is a well-known high-performance engineered wood product obtained
by bounding veneers together in grain direction. The peeling process induce lathe checks of the veneer with various
depths and spatial frequencies. In this study, the effect of lathe checks on LVL longitudinal modulus of elasticity and
shear modulus in both edgewise and flatwise bending directions is investigated by using different peeling settings and
by performing dynamic mechanical measurements. Both the longitudinal modulus of elasticity and the shear modulus
appear to be affected by lathe checks in flatwise and edgewise bending directions. The decrease in shear modulus is
particularly significant since it can be halved. This behaviour can be explained by the shear stress concentrations due to
lathe checks, which were highlighted by a previous numerical study. The influence of lathe checks on shear modulus
was underestimated and could be a concern for structural applications.
KEYWORDS: Laminated veneer lumber, Peeling, Shear modulus, Modulus of elasticity, Lathe checks

1 INTRODUCTION 123
Laminated veneer lumber (LVL) is an engineering wood
product made of several wood veneers bound together in
grain direction. The veneers are usually obtained from a
rotary peeling process which induces lathe checks
[1,2,3]. Indeed, the cutting geometry generates a tensile
stress field which favours check opening (see Figure 1).
For given cutting conditions and homogenous woods as
poplar, beech or birch, lathe check phenomenon is
almost periodical [2]. A pressure bar is often used to
create an antagonist stress field to limit propagation of
checks. The geometry, depth and frequency of the lathe
checks depend on several parameters as veneer
thickness, wood density, wood temperature and cutting
parameters [4,5].
Some authors found that the longitudinal modulus of
elasticity (MOE) is slightly lowered by lathe checks or
veneer thickness [6,7], but actually the influence of lathe
checks on LVL mechanical properties is rarely studied.
However, lathe checks may be the explanation of some
contradictory results of the literature dealing with the
effect of veneer thickness on mechanical properties.
Indeed, the thicker the veneers are, the larger are the
check depth and the interval between checks [8,9].
Hoover et al. [10] showed that veneer thickness in
hardwood LVL has no significant effect on both MOE
and shearing strength, whereas Ebihara [11] has
1 Arts et Metiers-ParisTech, LaBoMaP (EA 3633), France,
guillaume.pot@ensam.eu

measured that shear modulus and shear strength parallel
to the grain of both edgewise and flatwise LVL decrease
while veneer thickness increases. A numerical model
[9,11] shows that the shear modulus should be affected
by lathe check depth (especially in edgewise bending
direction), but the MOE is not.
In the present work, an experimental study of the effect
of lathe checks on the MOE and the shear modulus is
presented for a given veneer thickness. To do so, several
cutting conditions were tested to obtain veneers
presenting different lathe check depths and spatial
frequencies. Then, the LVL elastic mechanical properties
were dynamically measured and compared.

Figure 1: Main mechanical phenomenon during the peeling
process (inspired by Thibaut and Beauchene [3]). R and T are
for respectively radial ant tangential orthotropic directions of
wood.
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2.1 PEELING
Beech was selected for its great ability for peeling
process. Indeed, it is considered as a homogenous wood
specie. Four logs were sawn (60 cm length) from a well
conformed tree. The logs were peeled using the
instrumented line of Arts et Metiers ParisTech
LABOMAP. The veneer thickness was 3.5 mm and the
log temperature was 50°C during the peeling process. In
order to create distinct situations according to the lathe
check phenomenon, the pressure rate of the pressure bar
was varying (higher pressure rate induces shallower
checks [2,8]). For example, a pressure rate of the
pressure bar of 10% means that the gap between the tool
tip and the pressure bar was 3.15 mm (90% of the
3.5mm veneer thickness). In order to always make
reference to these main peeling settings, veneers peeled
at a temperature of TT°C with a pressure rate of XX%
will be marked “TT.XX” veneers in the following (for
example, 50.10 refers to veneers, panels or test samples
obtained by peeling a log at 50°C with 10% of pressure
rate).
On the peeling line, the ribbon obtained from the peeling
process was cut into veneers by a clipper, then the
veneers were stacked. Their final dimensions were
approximately 600x600x3.5 mm3.
A band of the veneers was sawn then analysed using the
SMOF device (Optical Measuring Checks System) [8].
The SMOF principle consists in bending a veneer over a
pulley to visualize checks, which are exposed to a laser
light. The SMOF device enables a continuous recording
of the veneer cross-section. An algorithm reproduces the
checks by finding their coarse positions on the rescaled
image and then migrating to the original, full resolution
image to precisely localize the checks’ bottom. Statistic
indicators can be computed to characterise lathe check
phenomenon (average, STD, skewness, Kurtosis of both
lathe check frequency and depth).

LVL panel. The mean application rate of glue is
160 g.m-2 for each LVL panel, with only 5 g.m-2 of
standard deviation (Table 1). After gluing, the panels
were pressed under 5 bars during 12 hours.
The 6-plies LVL panels were sawn in order to obtain
prismatic 2121400 mm test samples (Figure 2). Each
sample was measured with a calliper and precisely
weighted for density and second moment of area
calculations.
Some LVL panels contains veneers with knots, but the
samples with knots were not tested since the objective is
to study the influence of lathe checks. For this reason,
the number of tested samples per panel varies (Table 1),
but for each peeling settings there is a minimum of 26
test samples, with more often 32 or 36 test samples per
peeling settings. In the following, the results will not be
differentiated by panel, but only by peeling settings.
Table 1: Mean application of glue rate, veneer density, test
sample density and number of test samples for each LVL panel.
Temperature (°C). Mean
Mean
Pressure rate (%). application veneer
Panel Number rate of glue density
(g.m-2) (kg.m-3)
50.0.1
50.0.2
50.0.4
50.5.1
50.5.2
50.10.1
50.10.2
50.15.1
50.15.2
Mean
StD

586
584
612
614
634
612
611
599
598
606
16

Mean test Number of
sample
tested
density
samples
(kg.m-3)
591
608
616
640
656
658
665
646
642
636
25

17
5
16
9
17
16
16
19
19

Veneer
Glue joint

21 mm

2.2 SAMPLE PREPARATION
The 3.5 mm-thick veneers were dried to 12% moisture
content in a vacuum dryer. Then, they were glued with a
glue spreader with a vinylic structural glue and
assembled in LVL panels made of 6 plies. At least 2
different panels were built for each peeling settings (see
Table 1 for a listing of the different panels).
Only the unchecked face of each veneer was glued. The
veneers were assembled always in the same direction, in
such a way that lathe checks have always the same
orientation in the LVL cross section (Figure 2). By doing
so, the influence of lathe checks on LVL mechanical
properties can be highlighted more specifically, with the
most repetitive and homogeneous material as possible. It
also allows to compare the results to modelling of Pot
and al. [9,12].
Since the amount of glue may have an influence on
mechanical properties [9], a particular attention have
been paid to have a uniform and equal distribution of
glue on each veneer of each panel. LVL panels were
weighted before and after veneer gluing, so the mean
application rate of glue has been calculated for each

163
166
166
157
157
155
162
157
153
160
5

3.5 mm

2 MATERIALS AND METHODS

Lathe checks

R
T

21 mm

Figure 2: Schematized cross-section of the LVL samples used.
R and T are for respectively radial ant tangential orthotropic
directions of wood.

2.3 DYNAMIC MEASUREMENT OF ELASTIC
CONSTANTS
Brancheriau et al. [14] showed that the longitudinal
MOE and the shear modulus can be computed from the
flexural vibration frequencies in free-free boundary
condition. Indeed, they give the following solution of the
equation of motion of a vibrating beam at the first order:
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𝐸𝐿
𝜌

−

𝐸𝐿
𝑥
𝐾𝐺𝐿𝑋 𝑛

= 𝑦𝑛

(1)

Where 𝐸𝐿 is the longitudinal dynamic MOE, 𝜌 is the
density, 𝐾 is the shear factor (𝐾 = 5/6 for a rectangular
cross-section), 𝐺𝐿𝑋 is the dynamic shear modulus in the
𝐿𝑋 plane, 𝑥𝑛 and 𝑦𝑛 are parameters that depend on the
vibrational mode frequency (see [14] for detailed
expression). By plotting 𝑦𝑛 against 𝑥𝑛 for different
vibration modes, a linear regression can be performed
and the dynamics MOE and shear modulus in the 𝐿𝑋
plane are found. The deviation of this equation is
generally less than 1% if the length-to-depth ratio is
between 10 and 20 (19 in the present work). Veneers and
LVL cross section are in the radial-tangential plane (see
Figure 1 and 2) due to the direction of cutting of the
peeling process. Thus, the “𝐿𝑋 plane” previously
mentioned is actually the longitudinal-tangential (𝐿𝑇)
plane for edgewise (EW) flexural vibration and is the
longitudinal-radial (𝐿𝑅) plane for flatwise (FW) LVL
flexural vibration.
Based on this theory, the BING device (Beam
Identification by Non Destructive Grading) [15] was
used to test all the samples in both EW and FW flexural
vibrations.

3 RESULTS AND DISCUSSIONS
The lathe checks frequency and depth for each peeling
settings are presented in Table 2. It is noticeable that the
general trend observed by many authors is confirmed
[8,9]: the shallower the checks are, the more numerous
they are until the lathe check phenomenon becomes not

(a) EW

periodical and finally no check could be detected (50.15
settings). More details about lathe checks measurements
are provided by Denaud et al. [13].
The lathe check measurements presented in Table 2 also
show that the four different peeling settings lead to
distinct “levels” of checked veneer. Thus, the objective
of having differences in lathe checks between peeling
settings is reached and the mechanical properties of LVL
samples obtained from different peeling settings can be
compared regarding to lathe checks.
Table 2: Lathe check measurements: mean (standard deviation
in brackets).

Temperature (°C).
Pressure rate (%)
50.0
50.5
50.10
50.15

Number of
checks/meter
261 (13.67)
337 (29.20)
397 (29.20)
Not detected

Check depth
in % of thickness
72 (11.74)
62 (14.13)
44 (14.33)
Not detected

Figure 3 presents scatter plot of density, dynamic MOE
and dynamic shear modulus for EW and FW flexural
vibrations for all test samples. These three properties are
significantly correlated (p-value less than 0.001). This
result was expected since it is well known that wood
elastic mechanical properties are correlated to density,
and it seems obvious that a higher MOE implies a higher
shear modulus. Further comments on these scatter plots
will be provided below, where each measured property
(density, dynamic MOE, dynamic shear modulus) is
discussed.

(b) FW

Figure 3: Scatter plots of density, dynamic MOE and dynamic shear modulus. The same samples were used in the two graphics, but
in EW flexural vibration in (a) and FW flexural vibration in (b). R-squared values are given in the upper right panel, with the
significance in upper case (*** for p-value<0.001, ** for 0.001<p-value<0.01, * for 0.01< p-value<0.05, . for 0.05< p-value<0.1,
nothing for 0.1<p-value<1), and the confidence interval in brackets at 0.05 level.
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3.1 DENSITY
Table 1 shows that the mean of test samples density is on
average 30 grams higher than mean veneer density. This
can be due to 1) the addition of glue and 2) wood
densification during pressing process. Figure 3 also
shows minor differences in density between samples
from a same panel, certainly due to the heterogeneous
nature of wood itself, despite the fact that all veneers
come from the same tree. Samples of 50.0 panels have a
significantly lower density than others panels. This can
be partially explained by the lower density of the wood
log itself. Indeed, mean veneer density is significantly
lower for panels N°1 and N°2 of 50.0 peeling settings
(Table 1). The other explanation can be a lower
compaction of 50.0 panels, which could also explain the
fact that there is a lower difference between the mean of
test samples density and the mean of veneers density
than for other panels (Table 1).
Below, whatever the cause of the difference in density is
(wood itself or compaction during pressing), the
mechanical properties will be compared firstly regardless
from density, and secondly by dividing the dynamic
MOE and shear modulus of each sample by its density
(i.e. specific dynamic MOE and specific dynamic shear
modulus).

(a)

3.2 LONGITUDINAL MODULUS OF
ELASTICITY
In Figure 3, it seems that the peeling settings influence
the dynamic mechanical properties. Indeed, most of the
scatters of each peeling settings can be clearly
distinguished. A Tukey’s HSD test has been held to
figure out this phenomenon. The pairwise comparison of
the dynamic MOE for each peeling setting and each
direction of flexural vibration is presented in Figure 4a.
The dynamic MOE are statistically identical (p < 0.05)
between EW and FW flexural vibrations for each peeling
settings but 50.10 settings. Obtaining the same dynamic
MOE for the two directions of flexural vibrations was
expected, because it is obviously the same longitudinal
MOE which is measured in both cases. The significantly
lower dynamic MOE in FW direction than in EW
direction for 50.10 peeling settings is not clearly
explained, but, it could be the result of a dissymmetry of
the LVL layout. Indeed, if for any reason one or several
plies present a significantly lower MOE, and that these
plies are in the outer part of the layout, the stiffness in
the FW direction of loading will be more affected than in
EW direction of loading, resulting in a lower apparent
MOE.
In Figure 4a, significant differences (p < 0.05) are
observed between peeling settings: the higher the
pressure rate of the pressure bar is, the higher the
dynamic MOE is. In Figure 4b, where specific modulus
is calculated, no significant difference between 50.0 and
50.5 peeling settings appears. However, there is still a
significant difference between others peeling settings,
thus density only is not responsible for the observed
difference in MOE.

(b)
Figure 4: Pairwise comparisons of the dynamic MOE (a) and
specific dynamic MOE (b) for each pressure rate and direction
of flexural vibrations of test-sample. Same letters on the top of
the plots signifies statistically identical populations, based on
posthoc Tukey’s HSD tests (p < 0.05). The boxplots represent
the median, the upper and lower quartiles, and the extrema.

In a previous finite element model [9, 12], the influence
of lathe check on the dynamic MOE was studied
between 0% and 91.6% of lathe check depth. Figure 5
shows the comparison between this model and the
experimental measurements of dynamic MOE for the
present study. Indeed, the mean lathe check depth was
measured for each peeling settings (cf. Table 2), thus the
dynamic MOE can be plot against mean check depth.
The experimental results shows that the differences in
MOE are much higher than expected in the model.
Between 50.15 peeling settings (no checks) and 50.0
peeling settings (72% of mean lathe check depth), the
dynamic MOE is reduced by 15% and the specific
dynamic MOE is reduced by 9%. In the model, the
differences were below 2.5% for deeper lathe checks
(91.6%).
An explanation for this discrepancy is that, in the model
of Pot et al. [9,12], wood orthotropic directions and lathe
checks are perfectly in line with the longitudinal
direction of the sample. Thus, the difference in
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longitudinal MOE is only due to the changes in the
inertia of the beam caused by the voids left by lathe
checks. In real life, both the longitudinal direction of
wood fibres and lathe checks are not perfectly in line
with the geometry of the sample, thus, the mechanical
behaviour of LVL samples under longitudinal loading is
in fact more complex and lathe checks are involved in
this behaviour, providing some compliance and thus a
lower MOE.

for the 0.05 significance level. According to this test, all
testing settings are different (p < 0.05). In particular, the
dynamic shear modulus increases as the pressure rate
increases for EW flexural vibrations. For FW flexural
vibrations, the same trend occurs, until for 50.10 samples
which have higher average shear modulus than 50.15
samples. It is interesting to notice that it is the same
50.10 samples that presented a lower MOE in FW
direction than in EW direction. Clearly the 50.10
samples have an abnormal behavior that may be
explained by an issue in the layouts as stated before.
However the observed tendencies are clear enough to
highlight the effect of peeling settings and lathe checks
despite the results obtained with 50.10 samples.

Figure 5: Dynamic longitudinal MOE plotted against lathe
check depths. In open symbols the results of the finite element
model of [12] are presented. In closed symbols it is the
experimental results of the present study, with error bars the
length of the standard deviation.

3.3 SHEAR MODULUS
For wood in general, the shear modulus in the
longitudinal-tangential plane is lower than the shear
modulus in the longitudinal-radial plane [16]. Veneers
processed by peeling are plane surfaces that are in the
longitudinal- tangential plane of wood (Figure 1). Thus,
the shear modulus of wood in the longitudinal-tangential
plane is involved in EW bending, while it is the shear
modulus in the longitudinal-radial plane which is
involved in FW bending. This is the reason why the
dynamic shear modulus obtained for EW flexural
vibrations (Figure 3a) is lower than for FW flexural
vibrations (Figure 3b) (the mean dynamic shear modulus
is 552 MPa for EW flexural vibrations and 905 MPa for
FW flexural vibrations).
In Figure 3, it can be observed that like the dynamic
MOE, the dynamic shear modulus is correlated with the
density, but, interestingly, the correlation coefficient is
lower for EW direction than for FW direction. This
seems to be mainly caused by 50.15 samples, which
present a higher shear modulus than other peeling
settings while having similar density. As 50.15 veneers
had no visible checks, this result tend to prove that lathe
checks have a strong influence on EW shear modulus.
This assumption can be discussed thanks to the pairwise
comparison presented in Figure 6.
Figure 6a shows the pairwise comparison in dynamic
shear modulus, and Figure 6b shows the pairwise
comparison in specific dynamic shear modulus. On the
contrary to the dynamic MOE, normalizing by the
density do not change significantly these boxplots, and
the results of the Tukey’s HSD test are exactly the same

(a)

(b)
Figure 6: Pairwise comparisons of the dynamic shear modulus
(a) and specific dynamic shear modulus (b) for each pressure
rate and direction of flexural vibrations of test-sample. Same
letters on the top of the plots signifies statistically identical
populations, based on posthoc Tukey’s HSD tests (p< 0.05).
The boxplots represent the median, the upper and lower
quartiles, and the extrema.

Figure 7 shows the comparison between the finite
element model of Pot et al. [9, 12] and the experimental
measurements of dynamic shear modulus of the present
study. Whatever the check depth is, the experimental
shear moduli in EW and FW directions are much lower
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than in the model, which is certainly due to wood
mechanical properties used as input for the model.
Indeed, the mechanical properties used in the model
were provided by Guitard [16]. They are average values
that do not necessarily correspond to the beech tree used
in the present work, which seems to present a lower
shear modulus than in Guitard [16], despite having a
similar longitudinal MOE.
As in the numerical model, the experimental shear
modulus decreases with lathe check depth. This
decreasing is very significant: between 50.15 peeling
settings (no checks) and 50.0 peeling settings (72% of
mean lathe check depth), the dynamic shear modulus is
reduced by 48% in EW direction and 44% in FW
direction. For similar lathe check depth (74.2% of veneer
thickness), the decrease in the model of Pot et al. [12]
was of 22% in EW direction and 2.4% in FW direction.
To explain this difference, it is important to understand
the role of lathe checks in the shear modulus. Pot et al.
[12] show that shear strains are locally more important
near the tip of the checks in EW bending (Figure 8a)
than in FW bending (Figure 8b). Deep lathe checks
induce higher shear stress concentrations than small
checks, thus the shear modulus is lower with deep
checks. This effect was predominant in EW direction in
the finite element model because checks were mainly
perpendicular to the veneer surface, thus, in FW flexural
vibrations, checks were roughly vertical and could not be
deformed by shearing stresses (Figure 8b). This must be
the reason why there is such a difference in the effect of
lathe checks in FW direction between the model and the
experimental results: lathe checks are actually more
curved and not so perpendicular to the veneer surface
(cf. Figure 1), thus the effect of shear deformations
concentration in EW bending in the model can also
occurs in FW bending.
Despite this discrepancy, the effect of lathe checks on
the shear modulus observed by experimental means is in
accordance with the model, but with a higher magnitude
than expected. It is important to note that in the finite
element model of Pot et al. [9, 12] veneers were 2.86
mm thick and LVL was 7 plies for a 20x20 mm² crosssection. For the same percentage in veneer thickness,
lathe checks were actually deeper for the 3.5-mm-thick
veneers used in the present experimental work. As a
result, the higher effect observed experimentally is not
so surprising, and further work is needed to study the
effect of both lathe check depth and veneer thickness.

Figure 7: Dynamic shear modulus plotted against lathe check
depths. In open symbols the results of the finite element model
of [12] are presented. In closed symbols it is the experimental
results of the present study, with error bars the length of the
standard deviation.

Figure 8: According to [12], Shear deformations obtained in a
3-point bending numerical test for a checked LVL in EW
loading direction (a) and FW loading direction (b) (same load,
74.2% check depth).

4 CONCLUSIONS
The dynamic measurements of LVL elastic mechanical
properties show that the pressure rate of the pressure bar
has a significant influence on both the longitudinal
modulus of elasticity and the shear modulus. The results
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in terms of shear modulus are in accordance with a
previous finite element model, so it can be conclude that
lathe checks have definitively a high influence on the
shear modulus of LVL. It appears that the shear modulus
can be almost halved only by changing the peeling
settings, which can be a concern for structural
application of LVL. The influence of lathe checks on the
longitudinal modulus of elasticity is lower, but it is
significant and unexpected by the finite element
modelling. However this can be explained by the very
simplified geometry of lathe checks used in the model,
thus further numerical simulations and experimental tests
need to be performed to study the influence of the check
pattern, check distribution, glue amount, or veneer
thickness on LVL mechanical properties.
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INVESTIGATIONS ON PHENOL/FORMALDEHYDE IMPREGNATION OF
BEECH VENEER FOR IMPROVED PLASTICIZATION AND FORM
STABILITY
Tom Franke1, Claudia Lenz1, Nadine Herold1, Alexander Pfriem1

ABSTRACT:
The aim of the study is to examine the potential of Phenol/formaldehyde for a plasticizing effect of wood veneer and the
treatability of thin veneer stripes (0.6 mm thickness) with Phenol/formaldehyde for moulding applications. Swelling of
the cell walls can serve as indicator for plasticizing effects. Thus, swelling of cell walls of beech veneer (Fagus
sylvatica L.) was measured after Phenol/formaldehyde impregnation and compared to water saturated cell wall
dimensions. Furthermore, the potential of Phenol/formaldehyde uptake in respect to the dimensional stability of the
treated wood was examined on cell wall level. In addition Phenol/formaldehyde resin penetration into veneers was
evaluated in respect to the veneer moisture content and the impregnation parameter time. Therefor three commercially
available Phenol/Formaldehydes prepolymers were used, representing a low molecular weight, a medium molecular
weight and a high molecular weight resin. It was found that low and medium molecular weight prepolymers caused
similar swelling values like water indicating a comparable plasticizing effect on wood. Moisture contents up to 10% of
the untreated veneer affect the resin uptake only at negligible values. Full penetration of veneers was attained only for
low molecular weight PF during short term impregnation.

KEYWORDS: Form stability, Impregnation, Phenolic resol, Wood modification, Wood veneer

1 INTRODUCTION 123
Phenol/formaldehyde (PF) resins are well-known and
established in wood working industry. PF resins are
especially used as adhesives e.g. in OSB, plywood,
particle and fibreboard as well as for production of PF
impregnated and laminated densified wood. As early as
in the 1940s, Stamm and Seeborg reported about the
advantages of phenol resin impregnated veneers
(“Impreg”) [1]. The moisture uptake of Impreg is
1
Tom Franke, Eberswalde University for Sustainable
Development, Faculty of Wood Engineering,
tom.franke@hnee.de
1
Claudia Lenz , Eberswalde University for Sustainable
Development, Faculty of Wood Engineering,
Claudia.Lenz@hnee.de
1
Nadine Herold, Eberswalde University for Sustainable
Development, Faculty of Wood Engineering,
Nadine.Herold@hnee.de
1
Alexander.Pfriem@hnee.de, Eberswalde University for
Sustainable Development, Faculty of Wood Engineering,
Alexander.Pfriem@hnee.de

reduced and gives an improved dimensional stability as
well as reduced electrical conductivity and an improved
decay resistance. Further improvements can be achieved
by densification of PF resin impregnated veneers
possibly assembled to further (not) impregnated veneer
layers (“Compreg”) [2].
Due to less void volume the moisture uptake is further
reduced affecting favourably several physical
characteristics. Furthermore, densification exploits the
plasticizing effect of phenol and PF prepolymers on the
veneer intensified by increased temperatures below
temperatures required for PF polycondensation [2].
Today, PF resin impregnated veneer composites are still
produced for special applications, e.g. Lignostone® by
Röchling, Dehonit® by Deutsche Holzveredelung
Schmeing GmbH & Co. KG.
PF resins can be classified due to various properties of
the prepolymer. It is crucial to apply a suitable PF in
respect to the end use of the product. Mainly, PF resins
are characterized by its catalyst in resoles (alkaline
catalyst) and novolak (acidic catalyst). In the wood
working industry, alkaline catalized resoles are the
dominant PF systems [3]. However, resols can be further
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subdivided and characterized by the molecular weight,
viscosity, applied catalyst (e.g. NaOH or NH3) or pHvalue. E.g. if PF is applied as binder for plywood, bigger
molecule sizes and higher viscosities are needed to
restrict adhesive on the surface and hinder penetration
into the wood substance [4].
The three PF resols used in this study are classified
regarding to their molecular weight, namely low
molecular weight PF (lmwPF), medium molecular
(mmwPF) weight PF and high molecular weight PF
(hmwPF). Good impregnation behaviour of lmwPF was
reported earlier by various authors [5,6].
However, caused by varying anatomical structures and
composition of the structural elements or the character of
wood extractives impregnation behaviour of various
wood species can differ [7]. Thus, it is crucial to
determine the impregnation behaviour of PF resols in
respect to the certain wood species.
The aim of the present work is instead of veneer
densification, veneers are aimed to be moulded. Yet, the
mechanisms and advantages of PF resol impregnation
and modification are similar. On one hand side, the
plasticizing effect of PF prepolymers is utilized for
improved moulding. On the other hand, the reduced
moisture uptake as well as the solid polymer gives the
moulded veneer a stable shape. Furthermore,
impregnated veneers can be either applied onto other
carrier materials or assembled to other (impregnated or
untreated) veneer layers with the PF resin functioning
additionally as bonding agent.
Since plasticization takes place in the cell walls of wood,
this work is aimed to investigate the ability of
impregnation of thin veneer stripes due to its
impregnation behaviour of various PF resols and the
potential in respect to swell the wood cell walls.

2 MATERIAL AND METHODS
2.1 Chemicals
Three various commercial available water diluted resols
from Prefere Resins® Germany GmbH Erkner were used
for the study. The used resols are classified as low
molecular weight PF (lmwPF), medium molecular
weight PF (mmwPF) and high molecular weight PF
(hmwPF). Further properties are described in Table 1.

measurements using a Zetasizer Nano Z from Malvern
Instruments®.
2.2 Area swelling Coefficient
The area swelling coefficient (ASC) measurements were
performed according to Buchelt et al. [8]. In order to
investigate the ASC of the treated cell walls, semi-thin
transversal sections (15 µm thickness) were cut from
beech wood (Fagus sylvatica L.) blocks (10 × 5 mm²).
Pictures for the ASC measurement were taken with a
light microscop (Olympus BX 41 equipped with a digital
CCD-camera) and the cell wall areas were measured
with the software TSO NewVidmess V. 2.00.31. Thirty
to forty cells for each PF treatment were selected and for
each selected cell wall the cell wall area was measured at
5 various states: absolute dry, water saturated, PF
impregnated, PF cured and PF cured and water saturated
(Figure 1).
For the absolute dry state the microtome sections were
dried at 80 °C in a kiln. For water saturation state as well
as for PF impregnation state, the slices were vacuum
impregnated for 1 h at 100 mbar. Subsequently,
specimens were left for 24 h in the impregnation
medium under laboratory conditions to reach full
penetration into the cell walls. Curing of the PF
impregnated microtome sections were performed in a
kiln for 90 minutes at a temperature of 150 °C. In a last
step, the cured slices were water soaked for 24 h in
distilled water.
In order to determine the ASC, the outer area along the
middle lamella and subsequently the inner area at each
cell wall state were measured. In order to increase
accuracy, each cell wall was measured three times and
subsequently the mean value was calculated. Afterwards
the area according to the outer diameter was subtracted
from the area according to the inner diameter (Figure 2).
The ASC was calculated according to Equation (1). For
evaluation of the dimensional stability of the PF treated
cell walls, the ASC´ was calculated according to
Equation (2). This calculation was adopted from Ohmae
et al. [9].However, instead of the water saturated volume
in relation to the modified and water saturated volume of
wooden blocks, in this study the relation between water
saturated cell wall area to the PF cured and subsequently
water saturated cell wall area was calculated.

Table 1: Technical properties of the resols
(manufacturer specifications)
Viscosity [mPas]
Molecular weight
Mn
Molecular weight
Mw
Solids content [%]
Water tolerance
(23 °C)

lmwPF
13

mmwPF
196

hmwPF
242

246

449

889

272

704

2363

45

56

45

>1:20

1:6,5

>1:20

Furthermore, particle size and size distribution of the PF
resols were characterized by means of zeta potential

Figure 1. Order of the area swelling coefficient (ASC)
measurements due to various cell wall states.
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percentage gain (WPG) was calculated according to
Equation (3).

𝑊𝑃𝐺 =

𝑚1 − 𝑚𝑜
∗ 100
𝑚0

(3)

Where WPG = weight percentage gain [%], m0 = weight
of the absolute dry specimens[g] m1 = weight after PF
curing [g]
Figure 2. Cell wall measurement.

𝐴𝑆𝐶 =

𝐴𝑛 − 𝐴𝑜
∗ 100
𝐴𝑜

(1)

Where ASC = Area swelling coefficient [%], An = Area
of the current impregnation state (Water saturated, PF
impregnated, cured and cured, water saturated) [µm²]
and A0 = Area of the absolute dry state [µm²]
𝐴𝑆𝐶´ =

𝐴2 − 𝐴5
∗ 100
𝐴5

(2)

Where ASC = Area swelling coefficient [%], A2 = water
saturated state [µm²] and A5 = cured and water saturated
state [µm²]
2.3 Assessment of resin penetration
In order to investigate the influence of wood moisture
content (MC) and the impact of impregnation duration
on the resin uptake and on the resin penetration into the
cell wall, specimens of 50 x 50 x 0.6 mm³ were cut from
sliced beech (Fagus sylvatica L.) veneer (radial section).
Prior impregnation, specimens were conditioned to 0, 4,
10 and 20 % equilibrium moisture content (EMC) in a
climate chamber. In order to obtain a high anatomical
similarity between the specimens, they were selected
from adjacent regions according to the scheme in Figure
3.

Figure 3. Example of how the specimens for impregnation
were selected due to their moisture content. A and B are
exemplarily used in order to demonstrate where the specimens
were taken from.

Subsequently, specimens were impregnated at 100 mbar
for 0.5 h and for 2 h. Ten specimens of each, EMC and
impregnation duration were examined.
Afterwards, the impregnated veneers were cured at 150 °
C for 1.5 h in a laboratory scale kiln and the weight

In a second step, PF distribution and penetration depth
were investigated by means of reflected light microscopy
with a fluorescence device.
The PF treated specimens were cut in the middle across
the transversal section. In order to plane the cross
sections of the specimens, sand paper with varying grit
size of 1000, 2000, 3000 and 5000 were successively
applied.
Subsequently the specimens were dyed with 1% safranin
solution for 1 h. Various authors claimed, that PF due to
its hydrophobic properties hinders safranin to penetrate
and dye the cell walls [5,6,9]. Thus, only parts which
were not penetrated by PF turn into the safranin
characteristic red colour. Due to this method, penetration
of the PF into the wood can be determined.
2.4 Statistical analyses
All statistical analyses where performed with the
software SPSS v. 22 at a confidence interval of 95 %.
For determine differences between 2 or more factors
(e.g. the 4 various MC´s) analysis of variance (ANOVA
test) were performed. Subsequently, a post hoc test
(Games-Howell) was applied.

3 RESULTS AND DISCUSSION
3.1 Particle size distribution and Cell wall area
swelling
Particle size and particle size distribution of the used PF
resols are presented in Figure 4. The lmwPF is
characterized by a single fraction with a peak at 6 nm
particle size. Whereas results from the mmwPF shows
two fractions at 7 nm and 38 nm particle size and the
hmwPF exhibits two dominant peaks at 3 nm and 400
nm and two minor peaks at 18 nm and 60 nm particle
size. The results displayed, that even hmwPF resols with
a high averaged molecular weight (Mn) containing
fractions with small particle sizes.
Cell wall swelling can serve as indicator for improved
plasticization [11]. Comprehensive studies were
performed according to the macroscopic swelling of PF
impregnated wood [1,6,12]. However, macroscopic
swelling does not necessarily reflect swelling behaviour
of the cell walls [8]. Thus, in order to determine the
potential of PF uptake in the cell walls, ASC
measurements were performed. The results for all
treatment states are displayed in Figure 5. The obtained
data indicates a cell wall swelling due to water
penetration of appr. 50 %. After PF impregnation, the
lmwPF and mmwPF treated cell walls display similar
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ASC as in water saturated condition. Thus, the data
provides comparable potential of lmwPF and mmwPF to
plasticize the cell walls.

Intensity

lmwPF
mmwPF
hmwPF

1

10
100
particle size [nm]

1000

Figure 4. Particle size and size distribution of the applied PF
resols measured by means of zeta potentials.

In contrast, the hmwPF affects significantly lower ASC
values after PF impregnation compared to the lmwPF
and the mmwPF. These results are in accordance with
findings from zeta potential measurements and can be
attributed to the particle size of the used PF prepolymers.
Furono et al. figured out, that bigger fractions of the PF,
caused by the limited micro voids size in the cell walls,
do not penetrate wood cell wall structure [5]. This effect
becomes more extensive after curing of the specimens.
With an ASC of 14 % after curing, the hmwPF has a
significantly lower ASC than the lmwPF and the
mmwPF. As displayed in Figure 4, the hmwPF has a

dominant particle size fraction at 400 nm. Presumably,
only the smaller PF fraction of 3 nm penetrate the cell
wall. Furthermore, it was observed, that during the
soaking time of 24 h the hmwPF becomes sticky. This
could be attributed to chemical reactions in the PF.
Hydrogen bonds and polymerization are possible
reaction which changes the molecular network of the
hmwPF and limit the diffusion into the cell wall.
The highest ASC after curing of the PF was found for
the lmwPF with a mean value of 34 %. With only one
particle size fraction of 6 nm the lmwPF provides good
diffusion into cell walls. The mmwPF displayed an ASC
of 24 %. Since, mmwPF has two particle size fractions,
the greater particles of appr. 38 nm were possibly not
able to penetrate into the cell wall. Thus, only the
smaller sized molecules penetrated the cell wall causing
a lower swelling after curing of the specimens.
The size of accessible void volumes inside wood cell
walls is widely discussed [13,14]. Investigation from
Hill et al. and Wallström and Lindberg suggesting void
volumes in the range of 4 - 13 nm [15,16]. These
findings support the gained results and the assumption,
that only the smaller fractions of the chosen PF penetrate
the cell walls. However, these prior investigations were
carried out on coniferous wood species. Furthermore, the
applied impregnation agent for estimating penetration
into the cell wall was not a PF. Thus, result might be not
negotiable. Yet, hardwoods, and in this case beech
(Fagus sylvatica L.), can differ from softwood due to
different
anatomical
properties
and
chemical
composition.

Figure 5. ASC of the specimens after water saturation, PF impregnation and after PF curing.

Dimensional stability was expressed using ASC‘. The
ASC´ values for the three PF are presented in Figure 6.
High ASC’ values suggesting good dimensional
stability. Generally, all tested PF displayed significant

increased dimensional stability on cell wall level
compared to the untreated samples.
Remarkably, that the lmwPF showing the highest PF
uptake, displayed the lowest dimensional stability on cell
wall level. With an average of 6.5 % the dimensional
stability pf the lmwPF treated samples is significant
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lower (p < 0.05) compared to the mmwPF (12.9 %) and
the hmwPF (14.7 %) treated samples. No statistical
significance was found between the PF uptake of
mmwPF and hmwPF.
According to Furono et al. it is possible, that the bigger
sized fractions of the PF are attached on the surfaces of
the cells [5]. Perhaps, these PF molecules are attached to
the cell wall surface form a layer, which impedes water
to penetrate into the cell walls resulting in the increased
ASC´ values.

penetrate the whole veneer. After 0.5 h of impregnation
the innermost section of the specimens is still not
penetrated by the mmwPF as evidenced by the reddish
dyed parts from safranin. Since PF in the cured state is
hydrophobic, dyed parts indicates no penetrated areas.
After 2 h there are still non penetrated areas visible.
However, the total area of not PF penetrated wood
substance decreased. Complementary investigations
suggested a minimum of 15 hours of impregnation are
required for full impregnation of the specimens.
However, this method does not provide information
about the quantity of PF inside the cell walls. Yet, it is
suitable to display penetration depth of PF into the
veneer.
Since plasticisation takes place inside the cell walls
sufficient impregnation time must be considered for
mmwPF.

Figure 6. ASC´ of the treated samples

The obtained data, for ASC as well as for ASC’,
displayed a high variation. Buchelt et al. and Herold et
al. found similar variations in ASC measurements of
furfuryl-alcohol impregnated European maple (Acer
spp.) [8,17]. Measured cell wall areas in the absolute dry
state varied from 55 to 210 μm². Additionally ASC in the
water saturated state varied from 10 % up to 100 %.
Badel and Perre figured out, that various cell types in
oak (Quercus spp.) displayed different swelling values
[18]. The high variation of the measurement can also be
explained by varying chemical composition, void
volumes and accessibility of voids inside cell walls.
3.2 Assessment of resin penetration
Examples of the degree of PF penetration are displayed
in Figure 7. The presented pictures were recorded with
specimens of 0 % MC prior impregnation. Yet, no visual
difference was found between varying MC.
Various authors reported that polymers diffuse in to the
cell walls with sufficient time [1,8,19]. However, the
hmwPF only penetrates cell walls near the surface and
thus only the lmwPF and the mmwPF will be further
discussed.
Figure 7 displays penetration of the PF after 0.5 h and
after 2 h of impregnation. After 0.5 h the cross section of
the lmwPF treated veneers is already completely
penetrated.
Caused by higher viscosity and molecule size, beech
veneers treated with mmwPF requires more time to

Figure7. Resin distribution of lmwPF and mmwPF in beech
veneer stripes (0.6 mm) veneer after 0.5 and 2 h of vacuum
impregnation. Scale bar = 500 µm.

Figure 8 and 9 show the uptake of lmwPF and mmwPF
at various initial MC displayed as WPG. The highest
WPG for each PF is obtained for veneers with an initial
MC of 4% after a minimum of 0.5 h of resin
impregnation. No statistical differences (p > 0.05) were
found between WPG of treated veneers with initial MC
up to 10 % MC.
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In contrast, a significantly lower PF uptake compared to
0, 4 and 10 % MC was observed for 20 % MC after 0.5 h
impregnation (p < 0.05). The lmwPF treated samples
display a persistent lower uptake after 2 h impregnation.
In contrary, differences in WPG diminished between
veneer samples with lower MC and 20 % MC after 2 h
of mmwPF impregnation.

However, PF uptake for all MC after 2 h of impregnation
is significant higher than after 0.5 h. This is in line with
the microscopic investigations on resin penetration and
induces no complete penetration of the material after
0.5 h.

Figure 8. WPG in dependence of veneer moisture content (0, 4, 10 and 20 %) prior impregnation for lmwPF after 0.5 h and 2 h of
vacuum impregnation.

Figure 9. WPG in dependence of veneer moisture content (0, 4, 10 and 20 %) prior impregnation for mmwPF after 0.5 h and 2 h of
vacuum impregnation.

In general, higher MC of the wood possibly limits the
penetration of PF into the material in the earlier stage of
impregnation. At 20 % the voids inside the cell walls are
presumably occupied by water molecules. Thus
penetration is retarded at short time impregnation
compared to lower MC. This was also found by Purba et
al. for a comparable lmwPF system [20]. Furthermore,
the greater sized molecule fractions of the mmwPF lead
to a slower diffusion into the cell walls than the smaller
molecule fractions of the lmwPF. As mentioned above,
investigations with other polymers showed that polymers
need sufficient time to diffuse into the cell wall [8].
However 20 % MC is near fibre saturation of wood and
consequently cell wall is almost maximum swollen. Yet,
various authors suggest a maximum polymer uptake in
the cell wall at high MC [15,21-23]. In contrast, Stamm
and Seeborg suggested an optimum MC for PF

impregnation at 10 % [1]. Other authors claim a suitable
MC of 4 – 8 % prior impregnation for PF uptake [4].
Possibly, the polarity of the used PF delays the
impregnation and limits penetration with increasing MC
of the wood.
Since differences in PF uptake regarding the initial MC
(0, 4 and 10 %) of the wood are small (appr. 1 %) this
effect seems to be small and is negligible for industrial
applications.

4 CONLUSIONS
The present study suggests a similar wood cell wall
swelling potential of lmwPF, mmwPF and water. Thus,
the plasticizing effect of these PF prepolymers on beech
veneer (Fagus sylvatica L.) is expected to be comparable
to water saturated veneer. Furthermore, the potential of
PF uptake was investigated in respect to the varying
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molecular size fraction. Results suggest a sufficient cell
wall penetration of PF resols with averagely higher
molecular weights, containing smaller molecule size
fractions.
Dimensional stability was significantly increased with all
PF resols. However, lmwPF treated samples displayed a
lower dimensional stability than mmwPF and hmwPF
modified cell walls.
Furthermore, the impact of MC of thin beech veneer
stripes prior PF impregnation was investigated. Only
minor insignificant variations in PF uptake were found
for veneer samples conditioned to 0, 4, and 10 % MC.
These variations are negligible for industrial
applications. However, a MC of 20 % significantly
impedes the PF uptake especially during the initial stage
of impregnation.
Additionally, lmwPF was able to penetrate the whole
veneer sample in less than 0.5 h of vacuum
impregnation. In contrast, mmwPF still displayed non
penetrated areas of the veneers after 2h. HmwPF resols
only penetrates the layers underneath the surfaces of the
specimens.
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WOOD I BEAMS MANUFACTURED FROM SMALL DIAMETER LOGS
Thomas Gorman1, Brad Mill r2, Da id Kr ts hman3
ABSTRACT: An innovative new concept for structural use of small diameter logs is a solid wood I-beam produced from
a single log. We tested a set of 28 I-beams made from 15.25 cm diameter lodgepole pine ( inus contorta) logs in bending
to determine the MOE and MOR, to demonstrate the concepts and to determine if conventional stress design values for
lodgepole pine logs could be applied. We also non-destructively assessed the MOE of individual logs prior to processing
to determine if stress rating logs could predict final I-beam properties. I-beam stiffness was reasonably-well correlated
with the stiffness of the log it was produced from; suggesting that non-destructive evaluation of raw logs offers a method
for sorting to select high strength components.
KEYWORDS: I-beam, small log utilization, non-destructive evaluation, timber construction, beetle killed pine

INTRODUCTION
Harvests to control pine beetle infestations in the
Intermountain Western United States should increase
the availability of small diameter logs that could be used
for manufacturing building products. An innovative
new concept with potential for efficient use of this
material is a solid wood I-beam produced from a single,
small diameter log. This structural product could serve
as a locally produced substitute for glued laminated
beams, window and door headers, components for
pedestrian and short span road bridges, or other beam
applications.

concept has been successfully demonstrated in several
pavilions, kiosks, a library, and a pedestrian bridge [1].

BACKGROUND

A major European study has been completed on the
utilization of round timbers for construction [2]. As part
of that study, mechanical properties were obtained on
several species tested in bending and in compression
parallel to grain (Table 1). Overall, the logs averaged a
little less than 127 mm (in diameter and were tested at a
moisture content (MC) of about 16 percent. Bending
tests were conducted with the logs simply supported and
loaded symmetrically at the 1/3-point of the span. As is
specified for lumber in Europe, the logs were tested at a
span-to-depth ratio of 18:1. The MOE values were
calculated using the average diameter of the log and the
MOR values calculated using the diameter nearest
failure. Short column compression tests were conducted
using an unsupported free span of six times the log
diameter, with compression MOE ( comp) calculated
using deformation measured over a span of four times
the diameter. Tests in other test modes were also
conducted but are not fully reported in the final report.
Information on log characteristics, property
relationships, and nondestructive testing options were
also evaluated as part of the study. Initial emphasis in
the material property phase of the study was on the
development of visual grades geared to the European
stress class system used for lumber [3], which are not
directly applicable in the United States. However, the
information on factors affecting log properties and
relationships between properties is applicable.

By using small diameter logs as structural components
themselves, rather than sawing into dimension lumber,
more complete utilization of the log is achieved. This

Information on the correlation coefficient (r) between
selected log characteristics and both bending and

OBJECTIVES
The main objective of this study was to demonstrate and
test the concept of manufacturing structural I-beams
from small diameter lodgepole pine ( inus contorta)
logs. We tested a set of I-beams in bending to determine
the modulus of elasticity (MOE) and moduus of rupture
(MOR), in order to determine if conventional stress
design values for lodgepole pine logs could be applied.
A second objective was to non-destructively assess the
stiffness of individual logs prior to processing to
determine if stress rating raw logs could be used to
predict final I-beam properties and thus offer a
procedure for selecting logs with the best potential for
making I-beams.
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tgorman@uidaho.edu
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3
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Table 1

a

le ural an compression testing in uropean small- iameter roun tim er stu y a
Bending
Diameter
(mm)
135
124

MC
(%)
-15.9

n
-175

Compression
Age Diameter
(yr.)
(mm)
--19
117

Country
Austria
Finland

Species
Norway spruce
Scots pine

n
85
175

Age
(yr.)
-20

Holland

Norway spruce
Japanese larch

200
185

28
41

112
122

15.6
14.8

200
61

24
43

107
117

15.7
14.5

United Kingdom

Scots pine

100

33

130

18.9

100

33

127

17.3

Sitka spruce
100
19
127
18.
100
19
124
Ranta-Maunus [2]. Additional data are available from France, for Douglas-fir and in tension parallel to grain.
Table 2 Correlation coe icients o log characteristics ith mechanical properties or uropean smalltim er stu y a
Characteristic
MOR
UCS
MOE
Log diameter
-0.16
0.02
-0.02
Knots
Knot sum
-0.59
-0.56
-0.28
Knot sum diameter
-0.56
-0.56
-0.27
Maximum knot
-0.39
-0.43
-0.22
Specific gravity
Age
Density
Ring width
MC
MOE
a
Ranta-Maunus [2].

0.64
-0.41
-0.55
-0.28
0.57

0.70
0.61
-0.54
-0.59
0.67

0.28
0.40
-0.25
0.06
1.00

MC
(%)
-15.3

17.3

iameter roun
Ecomp
-0.08
-0.46
-0.45
-0.45
0.52
0.59
-0.50
-0.07
--

Table 3 ultiple regression mo els or relating log characteristics o larch to
applications a
Model
MOE
Knots
Density
5
X
--7
X
X
-6
X
-X
8
X
--12
X
X
X

R or potential mechanical gra ing
Ring width
---X
--

r
0.76
0.80
0.79
0.79
0.82

11
X
a
Ranta-Maunus [2].

X

0.82

X

compression strength values and MOE values [2] is
presented in Table 2. For the species listed in Table 1,
log diameter was less important than the relationship
between MOE and strength. Except for ultimate
compressive strength (UCS), MC was less important
than other log characteristics.

X

Several measures of knot properties were obtained. The
largest knot in the log (max knot) had some influence
on both strength and stiffness prediction, but it was
less correlated with these properties than was the sum
of the knots in a given cross section (knot sum). The
correlation of the sum of the knots divided by the
diameter of the cross section was similar to the
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correlation of the knot sum alone. Several different ways
of looking at the overall specific gravity (SG) of the logs
were evaluated, including the age of the tree, density at 12
percent MC, and ring width. One form or another of
these indications of SG would appear important in a
visual grading model, except, perhaps, for flexural MOE.
As noted ear lier , visual methods were the primary
grading focus in the study by Ranta-Maunus [ 2 ] .
However, it was recognized that in the future there
might be some interest in mechanical grading of logs.
A number of multiple regression models were
evaluated for larch for potential development of a
mechanical grading system [2]. As can be seen from
Table 3, adding some measure of knot size to MOE
would appear to slightly improve the prediction of MOR
(model 7 versus model 5), as does adding either density
or ring width (model 6 or 8 versus model 5). The best
model was that containing MOE, some measure of
knots, and density (model 12). However, only slight
improvement was gained by using this model than just
MOE and knots (model 7). Other measures of MOE,
including dynamic measures, give correlations similar to
those shown in Table 3 for static flexural MOE.
Barnard and Griffiths [4] presented information on the
relationship between bending strength and compression
strength for Sitka spruce ( icea sitchensis) and Scots
pine ( inus syl estris) from the United Kingdom (see
data summary for United Kingdom in Table 1). The
relationship obtained for small-diameter logs is given in
regressions (1) and (2) of Figure 1. Also shown is the
relationship assumed for lumber in Eurocode, regression
1 [3, 5]. The European data on small-diameter round
logs apparently show that the compression-bending
relationship for logs is different from that for dimension
lumber.

Figure 1: Compression- en ing relationship or smalliameter logs , ,
l in
k a
Non-destructive grading methods for determining
allowable design stresses for small diameter roundwood
in the United States have been developed [6, 7, 8].
These methods are based on the machine stress grading
evaluation procedure, for which the stiffness of

components is evaluated as a mechanically measurable
predictor of suitability for end use. Mechanical grading
systems also employ some form of visual “override,” a
visual appraisal of specified characteristics that affect
piece strength and stiffness, as well as limitations to end
use performance such as warp and wane. Because
machine stress grading sorts lumber into grades using a
mechanically measurable predictor, such as MOE,
grades are less variable in the predictor compared to
similar visual grades [9]. When deflection criteria is the
controlling limit to long span beams, preselecting logs
with high stiffness characteristics to make structural
components should be useful.
Green et al [7] established the technical basis for
mechanical grading 228 mm diameter logs. The material
for that study was 236 logs of the Englemann spruce
icea engelmannii -alpine fir
ies lasiocarpa lodgepole pine inus contorta species grouping (ESAF-LP). The logs were cut from fire-killed trees and
were at a moisture content of about 15 to 17 percent at
time of test. Bending tests were conducted on 169 logs
and short column compression tests on 67 logs. The
relationships between properties are the basis for the
mechanical grading of structural lumber. For machine
stress rated lumber bending strength is estimated from
modulus of elasticity. The coefficient of determination
2
(r ) between MOE determined by transverse vibration
(Etv) and determined by static test in third-point bending
2

(MOE) was 0.83 for these 923 cm diameter logs. The r
value for the correlation between MOR and Ev, was
0.53, and that between MOR and MOE was 0.68. These
correlations are similar to the results expected for
softwood dimension lumber [10] and thus confirmed the
potential for mechanical grading these logs for structural
applications. The 90 percent lower confidence limit on
the MOE-MOR relationship excludes 5 percent of the
data on the lower side of the regression, and provides the
regression equivalent to the 5th percentile traditionally
used to assign properties to visually graded lumber.

Stepwise regression indicated that if MOE is measured,
then addition of characteristics such as knot size and
slope of grain provide only a marginal increase in the
ability to predict MOR. In the initial phase of the study
[11] the value between MOR and MOE increased from
0.61 to 0.67 with the addition of knot size (root mean
square error increased from 4.46 MPa to 4.80 MPa).
These results agree with results reported by RantaMaunus [2] for small-diameter logs from European
species. It was recommended that MOE be the primary
sorting criteria for the proposed grading system but that
the maximum allowable knot size and slope of grain be
limited to those allowed in No. 3 visual grade; knot size
< 3/4 of the diameter and slopes < 1 in 6. Factors that
might affect serviceability such as degree of roundness
and warp were also set at the limits given for the No. 3
visual grade.
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Green et al [7] concluded the following from their
research on mechanical grading of structural
roundwood:
•
Property assignment procedures for visually
graded logs using
[12] produce
slightly conservative assignment of MOE values and
quite conservative assignment of allowable bending
and compression strengths parallel to grain.
•
A good correlation exists between static MOE
in third-point bending and MOE determined by
transverse vibration and between static bending
strength, static MOE, and MOE by transverse
vibration.
•
Procedures traditionally used to assign
allowable compressive strength parallel to grain to
mechanically graded lumber also appear applicable
to round timbers.
•
There are apparently no technical barriers to
developing a mechanical grading system for 228 mm
diameter round timber beams.
•
Additional research is needed to clarify
anticipated grade yields at higher mechanical grades
and the applicability of the proposed methods to logs
of other sizes and species. Some of this research is
in progress.
•
Mechanical grading offers an opportunity to
improve the precision of the property assignment for
round timber beams and significantly increase grade
yield for a given property specification.
In addition, earlier work demonstrated that mid-span,
single point loading used to non-destructively determine
the MOE of doweled logs gave good correlation (r2 =
0.94) to the static MOE determined by ASTM D-198
third-point bending tests procedures [12].
The
advantage of using single-point loading as a nondestructive method to determine MOE is the simplicity
with which a measurement can be obtained, as well as
the possibility for future implementation in an industrial
setting.
In general, machining small-diameter logs to a constant
diameter removes much of the mature wood on the
outside of the beam, thus exposing more of the juvenile
wood core. It also tends to expose more knots, especially
in species that readily self-prune limbs on the lower part
of the stem as the tree grows. The net effect of the
machining is to lower both MOR and MOE. In a study
on the effect of machining on small-diameter Douglasfir ( seu otsuga men iesii) and ponderosa pine ( inus
pon erosa) logs [1], suppressed-growth Douglas-fir
logs, the MOR of 76- to 152-mm logs machined to a
uniform diameter was reduced by about 8%, whereas the
MOE was reduced about 15%. For 76- to 152-mm
ponderosa pine logs, the MOR was reduced about 12%
and the MOE about 33%. The greater effect of
processing on the properties of ponderosa pine
compared with those of Douglas-fir was probably a
result of the respective ages of the trees, coupled with
the relatively larger juvenile wood core of the shadeintolerant ponderosa pine. The suppressed-growth
Douglas-fir trees had an average age of 67 years,

whereas the average age of the ponderosa pine was only
42 years.
The concept of using small diameter logs to manufacture
I-beams was developed to produce structural
components that exceed the carrying capacity of
individual structural logs (Figure 2). The conversion
from roundwood to wood I-beams can potentially utilize
over 80 percent of the material from a doweled log. For
a tapered log, the conversion ratio would be reduced.
The cross sectional moment of inertia increases nearly
five times when converting roundwood to wood Ibeams, effectively doubling the allowable span length.
Table 4 provides examples of the estimated weights and
cross sectional properties for six different small
diameter timber sizes when converted to wood I-beams.
If small diameter wood-I beams can perform at
anticipated structural capacities, there is an opportunity
to encourage beam production facilities in rural areas
where pine beetle infestations have created the need for
harvesting trees that are not large enough to be suitable
for use as dimension lumber but adequate for production
into I-beams.

Figure 2: Cutting pattern le t or con erting a small
iameter log into components to pro uce an - eam
right

METHODS
Logs used in the study were purchased from a
cooperating post and pole manufacturer and preselected
by measuring the stress wave velocity of logs using
Fiber-gen Director HM200 acoustic log stress wave
equipment [13]. The intent was to select logs that
represented a range of stiffness values and to establish
the correlation between stress wave velocities of logs
and the MOE of I-beams produced from them. A total
of 40, 15.25 cm diameter logs, measuring 4.9 m in
length, were selected and brought to the laboratory. The
logs were then non-destructively evaluated using a
single-point, mid-span bending test to predict MOE, and
from those results, we selected 28 logs that represented
the 10 most stiff and 10 least stiff, plus 8 logs from the
mid-range stiffness. The Equation (1) used to determine
MOE from a single-point, mid-span load/deflection
relationship is:
MOE = ( 3/48)( /I)
(1)
where:
P/= slope of load-deformation relationship
L = span
I = moment of inertia
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Table 4: amples o the eights an cross sectional properties o si
are sho n a o e oo - eam alues

Initial
Roundwood
Diameter &
Finished
Height
(cm)
10.2
15.2
14.6
22.9
19.1
30.5
21.3
33.8
23.5
38.1
26.0
41.9

Area

Weight

(cm2)

(kg/m)

81.1
69.7
167.5
148.9
285.0
257.7
355.4
325.7
433.6
401.6
532.4
492.0

6.5
5.6
13.4
11.9
22.8
20.6
28.5
26.1
34.7
32.2
42.6
39.4

i erent iameter roun

Web
Thick.

Web
Height

Flange
Width

Flange
Thick.

(cm)

(cm)

(cm)

(cm)

2.5

9.2

9.2

3.0

3.2

13.3

13.3

4.8

3.8

17.5

17.5

6.5

4.4

19.7

19.7

7.3

5.1

21.9

21.9

8.1

5.7

24.1

24.1

8.9

oo

- eams Roun

Axis X-X
I

C.G.

S

(cm4)

(cm3)

523
2,013
2,233
10,003
6,465
31,300
10,052
49,715
14,959
75,209
22,551
111,054

103
263
305
873
677
2,048
942
2,891
1,270
3,936
1,727
5,284

oo

Axis Y-Y
I

(cm)
4.9
7.6
10.3
11.5
12.7
13.9

alues

S

(cm4) (cm3)
523
261
2,233
1,254
6,465
3,855
10,052
6,004
14,958
8,933
22,553
13,390

106
91
219
195
373
337
465
426
567
525
697
644

In addition, the stress wave velocity, as well as the
volume and mass, of each log was measured in the
laboratory to calculate the dynamic MOE (MOEdyn),
using the Equation (2) provided by Carter et al [13]:
MOEdyn = ρV2

(2)

where:
 = nominal density
V = acoustic velocity
A portable bandsaw mill was used to cut each of the logs
into three sections as shown in Figure 2, marked to
identify the specific log that each component was made
from, stacked, and air dried to approximately 12%
moisture content. The components were then machined
to create smooth surfaces for gluing, and a groove was
machined into each of the flanges to assist with later
assembly (Figure 3). I-beams were assembled by
brushing a room temperature curing phenol-resorcinol
adhesive into each groove, stacking four I-beam
assemblies at a time, and clamping overnight (Figure 4).
Final dimensions of the I-beams were 21 cm high, 12.75
cm wide, and 3.66 m long.

Figure 3
achine components prior to gluing
groo e cut in the langes as ma e to assist
positioning the e s uring assem ly

After curing, the I-beams were kept in a conditioning
room to maintain a 12% moisture content. Bending tests
(Figure 5) were then carried out using ASTM D 198
third-point loading procedures [12] to determine MOE
and ultimate bending stress for each I-beam.

Figure 4 Curing the glue an clampe sets o - eams

he
ith
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bending stress resistance. Average shear stress at failure
for the 7 specimens that failed in shear was 5,492 kPa
(COV = 9.3), which is slightly higher than the value of
4,200 kPa reported for shear parallel to grain reported in
the Wood Handbook [14] for lodgepole pine. No
glueline failures were observed in any of the specimens.

to

RESULTS
The average cross sectional area for the 28 I-beams was
131.7 cm2 (COV = 2.0). This area represents a
utilization of 72% of the available wood fiber present in
the raw logs obtained for the study. The bandsaw mill
sawing and subsequent profile machining procedures
used to prepare the components likely impacted the ratio
of fiber utilization, such that a more precise sawing and
machining procedure could improve the yield.
The average moment of inertia for the 28 I-beams was
7582.4 cm4 (COV = 2.2). A higher moment of inertia
could have been be achieved by reducing the depth of
the groove used to position the web members (seen in
Figure 2: This reduction would have improved the fiber yield
and increased the carrying capacity of the I-beams.

Moisture content of the I-beams at the time of the
bending tests averaged 12.7%. The mean static MOE
for the 28 I-beams was 8.87 GPa (COV = 10.6).
The stress wave velocities measured in the field with the
Director HM200 did not correlate well (r2 = 0.3477) with
the static MOE of the I-beams produced from them
(Figure 6). However, when log density measurements
were combined with stress wave velocity to predict
MOEdyn using Equation (2), the correlation was
significantly improved (R2 = 0.840) (Figure 7).
The static MOE of raw logs, determined by imposing a
single-point, mid-span load on each log and measuring
deflection, also correlated well (r2 = 0.839) with the
static MOE of the manufactured I-beams (Figure 8).
Seven of the 28 I-beams tested in bending failed due to
shear in the web members (Figure 9). The ultimate
bending loads on 5 of these samples were the highest
recorded for all I-beams; the ultimate loads for the
remaining 2 samples that failed in shear were the 10th
and 11th highest recorded. The association of the shear
failures with some of the highest levels of bending
stresses suggest that the ultimate shear resistance of the
wood I beams was well balanced with the ultimate

12

Static MOE of I-beams (GPa)

hir -point en ing test apparatus use
an ultimate en ing stress

y = 0.0015x + 2.7825
R² = 0.3477
10

8

6
3000

3500

4000

4500

5000

Stress wave velocity (m/s)

Figure 6: Relationship et een iel measurements o the
stress a e elocities o logs an the static
o - eams
pro uce rom the logs

Static MOE of I-bemas (GPa)

Figure 5
etermine

The mean Modulus of Rupture (MOR) value for all of
the I-beams was 59,623 kPa (COV = 22.4), which is
somewhat lower than that reported in the Wood
Handbook [14] for clear, straight-grained lodgepole
pine bending samples (65,000 kPa), but consistent with
the values found for No. 1 and Select Structural visually
graded lodgepole pine dimension lumber in a previous
study [15]. The correlation between static MOE and the
21 beams that failed in bending was poor (r2 = 0.227)
(Figure 10).

12
y = 0.533x + 3.409
R² = 0.840

10

8

6

6

7

8

9

10

11

12

13

14

Dynamic MOE (MOEdyn) of logs (GPa)

Figure 7: Relationship et een ynamic
o logs, as
etermine y stress a e elocity an ensity measurements,
an the static
o - eams pro uce rom the logs

Static MOE of I-beam (GPa)
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CONCLUSIONS

12

I-beams were succesfully made from doweled
roundwood by sawing each log into 3 pieces and
assembling the components into I-beams using
structural glues. Since an I-beam made from a small
diameter log has a significantly larger moment of inertia
than the log it was produced from, this concept has the
potential to significantly increase the structural use of
small diameter roundwood. It is suggested that an
improvement in the shear resistance of these I-beams
can be made if the thickness of the web is increased
slightly.

10

8

6

y = 0.645x + 3.434
R² = 0.839

4

6

8

10

12

Static MOE of log (GPa)
Figure 8: Relationship et een static
o logs, as
etermine y single-point, mi -span loa ing, an the static
o - eams pro uce rom the logs

I-beam stiffness was reasonably-well correlated with the
stiffness of the log it was produced from, suggesting that
non-destructive evaluation of raw logs offers a method
for sorting to select high strength components. There
appears to be potential to predict, and therefore, assign,
stiffness and strength values for I-beams made from
beetle killed small diameter logs.
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TIMBER STRUCTURES 3.0 – NEW TECHNOLOGY FOR MULTI-AXIAL,
SLIM, HIGH PERFORMANCE TIMBER STRUCTURES
Stefan Zöllig1, Andrea Frangi2, Steffen Franke3, Marcel Muster4

ABSTRACT: Until today, all known timber building systems allow only slabs with a uniaxial load bearing action.
Thereby, in comparison to normal reinforced concrete slabs, timber slabs are often thick, expensive and complicated to
build. The reason for this is that there is no efficient connection technology to rigidly connect timber slab elements to
each other. Alternative solutions are hybrid structural systems with concrete or steel, however, this combination of
materials results in some disadvantages especially in terms of weight, ecology, construction time and costs.
In the framework of a large research project a new timber slab system has been developed and already tested in first real
applications. The developed slab system is designed for housing, commercial and industrial buildings. The slab system
works as a flat slab carrying vertical loads biaxial and consists of timber slab elements like CLT glued together on site
with a high performance butt-joint bonding technology. Research about the central slab element, the butt-joint bonding
and fire tests have already been performed. The research showed the feasibility of this innovation. In 2015 a first prototype
was built in Thun, Switzerland. A large three year research project started 2016 with the goal to reach market maturity.
KEYWORDS: Butt-joint bonding, Biaxial load bearing, Timber flat slab, CLT

1 INTRODUCTION123
Since 2009 the Swiss Engineering Company Timbatec,
ETH Zurich, BFH Biel, Purbond (Henkel Group) and
Schilliger Holz are working together in a project called
"Wooden slabs in commercial and industrial buildings".
The objective of the project is the development and
implementation of a biaxial load carrying timber flat slab
based on elements like CLT glued together on site with a
high performance butt-joint bonding technology. In the
meantime several bachelor and master theses were
performed. The results from the research projects are
promising: On one hand, it was proved that it is possible
to produce timber flat slabs with a column grid up to 8.00
x 8.00 m and a live load of 5 kN/m2 [3, 4]. This at a
comparable cost to normal reinforced concrete flat slabs,
but only with one-fifth of the weight and with barley no
CO2 emissions. On the contrary, a large amount of CO2 is
being stored within the structure. The research project has
led to a first prototype ready to be built. Further, the newly
developed bonding connection technology opens new
fields of application for timber constructions. Timber
beams by almost any length or plates of almost any
dimension can be produced. For example, rigid walls,
floors or shells of any shape can be made. This
1
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ETH Zurich, frangi@ibk.baug.ethz.ch
3
BFH Biel, steffen.franke@bfh.ch
4
ETH Zurich, marcel.muster@ibk.baug.ethz.ch
2

development is so ground breaking, that one can speak of
a new generation in timber construction.

2 EVOLUTION OF TIMBER
STRUCTURES
2.1 TIMBER STRUCTURES GENERATION 1.0:
TRUNK AND BEAMS
For centuries trunks and beams have been used to build
houses. Trees were cut down, branches removed,
debarked and sawn to beams and planks to construct
buildings.

Figure 1: Timber Structures 1.0: Trunks and beams
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2.2 TIMBER STRUCTURES GENERATION 2.0:
GLULAM AND CLT
In the 20th century, trees were sawn into boards, dried,
planned and glued to glulam or more recently to CLT.
With these products a structural beam can be larger and
longer than a tree. Also curved structural beams are
possible. Massive CLT panels of a size up to around
3.40 m width and 20 m length can be industrially
produced today.

system and columns and flat slabs for the vertical
structural system. The main challenge is the development
of a biaxial high performance load bearing timber slab.

Figure 4: Typical skeleton structure

Figure 2: Timber Structures 2.0: Glulam and CLT

Due to constraints of prefabrication, transportation and
assembly processes, it is essential to divide any type of
floor plans into slab elements in an efficient way. In a
parametric study the typical floor plan shown below has
been found to be most suitable. The green elements should
transfer the load biaxial to the uniaxial load bearing red
elements which transfer the load to the central elements
marked in blue around the columns. The blue elements are
similar to the reinforced concrete flat slabs subjected to
high bending moments and shear forces.

2.3 TIMBER STRUCTURES GENERATION 3.0:
BUTT-JOINT BONDING TECHNOLOGY
The current development now allows the butt-joint
bonding of fibres and therefore can lead to the 3rd
generation in timber, called and patented as Timber
Structures 3.0. However, for a wide application of this
innovative technique further research is necessary.
Figure 5: Floor plan

3.2 CENTRAL COLUMN SLAB ELEMENTS

Figure 3: Timber Structures 3.0: Butt-joint bonding technology

3 RECENT RESEARCH
3.1 STRUCTURAL SYSTEM
The aim of the newly developed technology is to be able
to realise typical skeleton buildings with timber as shown
in Figure 4, consisting of only glued timber elements,
without using fasteners like screws, nails or metal plates.
The main building parts are walls for the lateral structural

A fundamental static issue is the highly stressed area
around the column and how a reinforcement of the central
slab elements against punching of the column is possible.
Boccadoro made a theoretical analysis and tested 6
different layer constructions in 1:1 scale for verification
[1]. Main material for the central slab elements was LVL
made of beech, which has very good mechanical
properties compared to common softwood. Six specimens
were tested for punching at ETH Zurich: Three
homogeneous massive plates made of beech plywood and
three hybrid plates made of beech plywood and common
spruce boards. The plate thickness was 240 mm, 320 mm
and 400 mm. A basic study showed the benefit of the
beech plywood based material in terms of bending and
shear strengths. With simple static models at first hand
and later on using a FE-program the expected load
carrying capacity of the central slab elements was
estimated. Then, six central slab elements of 2.5 x 2.5 x
0.24, 0.32 and 0.40 m were tested on the strong floor at
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the ETH Zurich. The slab elements were loaded by a
centrally located cylinder to simulate the effect of the
introduction of force into the slab. The specimens failed
at forces between 1’150-3’100 kN. These values are very
high and show the great potential of the mechanical
properties of the slab elements made of beech LVL.

.
Figure 6: Central slab element on top of a column

Figure 9: Testing a central slab element at ETH Zurich
Table 1: Results from punching shear tests on central slab
elements

Slab

Effective
Force

Load carrying capacity
Test
results

Characteristic value

Design value
SIA 265

FRd
(γM/ηM=1.5,
ηw =ηt=1)
Name
kN
kN
kN
K240
1‘362
800
533
F240
1‘155
1‘026
684
K320
1‘700
1‘515
1‘010
F320
2‘100
1‘951
1‘300
K400
2‘500
2‘328
1‘552
F400
3‘099
2‘878
2‘066
K = beech plywood and spruce boards combined
F = beech plywood
FR = Fcr

FRk

Load
bearing
safety

Design
value
SIA 260
FEd

FRd≥FEd

kN
690
690
700
700
710
710

Not ok
Not ok
Ok
Ok
Ok
Ok

Figure 7: Central column slab element tested at ETH Zurich
for punching (hybrid specimen)

Figure 10: Ductile behaviour of central slab element F240

Figure 8: Test set-up of a central column slab element
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In the first development, various geometries of bonded
joints were examined. The simplest geometry to be
produced was the butt joint, but also different profiles as
v-rabbets and finger joints were examined [6].

Figure 11: Ductile behaviour of central slab element K400

The crucial part of the evaluation was the analysis of the
observed very ductile behaviour of the beech plywood
slab elements, which is rather exceptional in timber
construction as timber usually behaves in a brittle manner.
This ductile behaviour can be explained with the
hypothesis of stress redistribution in the width and
partially in the height of the cross-section. While the
cracks grow outward, the central area of the board is
relieved progressively and the bending stresses are
transferred to the outer area of the element. At the
homogeneous specimens, the plateau of maximum force
is more distinct compared to the one in the hybrid
specimens [1,5].

Figure 13: Butt-joint bonding of lamellas [6]

3.3 BUTT-JOINT BONDING

Figure 14: Butt-joint bonding of lamellas while testing [6]

Figure 12: How to connect slab elements?

To connect the slab elements to each other, various
methods were evaluated. Geometric form-fitting such as a
terracing or tongue and groove would lead to expensive
machining time and massive consumption of material
through the double plate surface in the connecting area.
Due to the transverse tensile stresses at the terracing, the
plates would have to be provided with additional
reinforcements. Finger joints are susceptible to damage
and carry low tensile stresses perpendicular to grain if
they are arranged careless. Therefore a bonded butt joint
technology was envisaged. So far, no certified adhesives
exists on the market for directly bonded butt joints.
Purbond AG, part of the Henkel Group, has developed a
2-component Polyurethane adhesive which can be used
for the required purposes.

In various experimental tests it was studied which
thickness of joints could be filled taking into account for
different circumstances such as different temperatures or
joint widths. Over 1’000 tensile tests on lamellas in 17
series have been carried out [6,7,8,9,10,11,12]. The filling
procedure from below is very important, so that any air
bubble moves to the top and no air pockets are created.
From these tests, important conditions and requirements
for quality assurance were established. Füllemann [7]
further examined different influences on building site:
Minimum joint thickness, temperature, moisture content,
soiling with oil or dust, movement and vibrations and
different types of pre-treatment of the connecting endgrain faces.
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Figure 15: Results of tensile tests

Lehmann [12] finally determined by seven series of tests
with totally over 250 test specimens statistically reliable
strength values for the tensile and bending strength of a
bonded butt joint of CLT-plates. The tests allowed further
a better understanding of the influence of moisture
changes and the effects of long-term stresses on the
bending strength of the bonded butt joint. The bending
strength was determined in four-point bending tests, with
different variations of geometry, wood moisture and load
duration.

Figure 17: CLT cross-sections 50 x 100 / 140 / 180 mm for
bending tests

Figure 18: Four point bending tests on CLT-beams with
bonded butt joint in the middle span of the specimen

Figure 16: End-grain bonding of CLT-plates

The results of studies showed a consistent good quality of
the bonded butt joint. Through this progress,
characteristic bending strengths from 15.6 N/mm2 to 20.7
N/mm2 were achieved. These values are higher than all
strength values reached before.
The studies on the influence of moisture showed that an
increased moisture content of the wood lead as expected
to a reduction of the bending strength. In addition, it was
recognised that the moisture content depends on the
cutting direction and the positioning of the boards in the
test specimen and the flow of moisture into the wood is
mainly problematic in the lateral zones. In the studies
about the effects of a long-term loading no significant
change in strength was observed.

Figure 19: Long-term load bending tests on CLT-beams with
bonded butt joint in the middle span of the specimen
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Table 3: Results of the small-scale fire tests on specimens
made of spruce CLT and beech plywood

Figure 20: Test set-up for bending tests on CLT-beams
Table 2: Results of the bending tests on CLT-beams

Figure 21: Small-scale fire test on spruce CLT-plate after
removing the char layer

3.4 FIRE TESTS
In the master thesis of Bühlmann [2] small-scale and
large-scale fire tests on butt bonded plywood and CLTplates were performed (see also [13]).
Six small-scale fire tests were carried out with four
different bonded butt joints each. The specimens made out
of beech plywood and spruce CLT had the dimensions of
1.2m x 0.9m and had each two 6mm and 12mm wide
joints. The test specimens were exposed to ISO standard
fire curve for 30, 60 and 90 minutes on one side. With
thermocouples temperatures were recorded in the joints.
After the fire test the char layer was removed and the
charring depth was determined.
Thus the following main conclusions on the fire behaviour
of the bonded butt joints can be made:
- The fire behaviour of the joints is similar to the fire
behaviour of timber.
- The depth of charring in the joints is equal or less than
for the residual cross-section of the specimens made of
spruce CLT or beech plywood. The influence of the
joint increases with the duration of the fire and the joint
thickness.
- For the different joint thicknesses and specimens
charring rates could be determined as followed:

In order to verify the overall global structural behaviour
of the slab system, a large-scale fire test with a loaded
CLT asymmetric plate was carried out on the horizontal
furnace at EMPA in Dubendorf. The CLT plate had the
dimensions of 5.35 x 2.85 x 0.2m and was manufactured
of four CLT elements with three bonded butt joints.

Figure 22: Bonding of CLT elements for the large-scale fire
test
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8m and a biaxial action of the CLT plate. The temperature
was recorded with thermocouples on the surface, between
the layers of the CLT plates and in the joint. In addition,
the vertical deformation and the load were measured.
The main results of the large-scale fire tests can be
summarized as followed:
- The CLT-plate with bonded butt joints reached a fire
resistance of 69 minutes.
- The CLT-plate failed due to brittle failure of the bonded
butt joint.

4 PROOF OF CONCEPT
Figure 23: Test set-up for the fire test (longitudinal section)

Figure 24: Test set-up for the fire test (cross-section)

A multi-storey apartment house was built with the Timber
Structures 3.0 technology in Thun, Switzerland in 2015.

Figure 26: Building site of a multi-storey building Thun,
Switzerland

Figure 27: Timber Structures 3.0 flat slab

5 FUTURE RESEARCH
Figure 25: Temperature development in the CLT plate at
different locations during the large-scale fire test

The specimen was supported as a simple beam and loaded
during the fire test with a constant load of 4 x 8 kN in the
third points. The load level for the fire design was
calculated according to Swiss Standards SIA 260 and SIA
261 for an office building taking into account a span of

For the further development of the innovative technology
a 1.3 Million CHF research project has recently been
approved. It will be carried out from 2016 to 2019.

6 CONCLUSIONS
The Timber Structures 3.0 technology marks the start into
a completely new way of thinking and designing timber
structures. The novel technology opens a wide field of
new applications in research, technologies and markets.
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KIELSTEG – DEFINING THE DESIGN PARAMETERS FOR A
LIGHTWEIGHT WOODEN PRODUCT
Andreas Trummer, Simon Aicher², Stefan Krestel³
ABSTRACT: The submitted paper presents results of a successful building product development for a lightweight load
carrying roof- and floor element made of timber. The so called KIELSTEG Element is made for covering large areas
and is characterized by its distinctive cross section. Sawn wooden upper and lower surfaces are kept apart using thin
wooden plates. This cross section design allows an enormous flexibility for the effective depth which in turn results in
spans from 6.0 to 27.0 meters. High demands on craftsmanship and optical quality open a wide range of use.
KEYWORDS: Kielsteg, timber products, wooden slab, lightweight concstruction, large span

INTRODUCTION123
This paper presents a load carrying, lightweight, wooden
building element which is manufactured industrially
called the KIELSTEG element (KSE) [1]. This multiaward winning building element [2, 3, 4] was developed
by the patent holder, the Kielsteg Company in Graz,
Austria. It originated from a close cooperation with the
Graz University of Technology (TU Graz). . It can be
seen as the largest timber building element in the world
that is produced totally automatically.

Figure 1: KIELSTEG element cross-section
The technical approval and methods for use are widely
documented [5, 6] and are based on detailed theoretical
and physical investigations performed by the TU Graz
Andreas Trummer, Graz University of Technology
andreas.trummer@tugraz.at
2
Simon Aicher, University of Stuttgart
Materials Testing Institute (MPA),
simon.aicher@mpa.uni-stuttgart.de
3
Stefan Krestel, Kielsteg GmbH Graz,
office@kielsteg.com

and the University of Stuttgart, Material Testing Institute
(MPA). The company Kulmer Bau [7] has the exclusive
right to produce the KIELSTEG elements and there is
also a network of business partners in place who are
responsible for selling the elements and advising
customers on the correct usage.
One of the main advantages is that the elements are
usable for a range of spans, from 6 to 27 meters. It can
also be integrated easily into both the design and
construction processes. The first part of the paper
discusses the fundamental parameters of the wooden
elements. The next section introduces the KIELSTEG
element and compares it to other timber products which
are currently on the market. The conversion of the
production process from a prototype to a fully
automated, state of the art production line is explained.
Next, the structural behavior of the elements is
explained. Specific structural details, such as those for
rigid diaphragms, are then presented. Finally, projects
that have already been carried out using the KIELSTEG
element are shown and the conlusion deals with the
discussion about the influence of lightweight timber
structures in the future.

PARAMETERS AND THEIR MEANING
FOR TIMBER PRODUCTS
Glued laminated timber products have been on the
market for about 100 years. These products form the
basis for most of the current innovations and
optimization within the timber industry today. Glued
laminated methods are used in a large range of products,
from standard industrial produced ones to large mass
customized ones. They were introduced and patented in
1906 by Otto Hetzer [8]. The idea of stiff, glued
connections between wooden layers led to the
production of timber beams which could span up to forty
meters. Arched and framed structures can be
manufactured by using the elastic bending potential
during the production process. The cross lamination of
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timber veneers showed that there was potential for
timber products to be used as structural planar elements
e.g. in wooden frame construction such as the General
Panel System presented in 1941 by Konrad Wachsmann
and Walter Gropius [9]. Although the company was not
a commercial success, it is still a good example for the
on-going
debate
about
prefabrication
and
industrialization. The technical improvements of glue
properties, the automation of wood drying and sorting
led to the invention of cross laminated timber plates.
This made it possible for wood to be used in multi-story
buildings. The improvements in the gluing technique
pushed the boundaries of timber, from a natural product
with limited dimensions to an industial wooden product.
The production of these elements was then adapted due
to a range of different parameters including the material
properties, the production aspects and the applications.
The definition of a parameter as a value that can be
varied is deeply anchored in the field of geometry and
architecture. There is a long tradition of studying
mathematical properties in humans and applying them to
architecture to improve the appearance and the function.
One example is Le Corbusier’s Modular from 1945[10],
From a structural point of view, the proportions between
the beams height and length can be used for a first
estimation. Architectural design that is based on
parameters and the relationship between them, in a
digital meaning, can be refered to as parametricism. The
approach of building information modelling (BIM)
focuses on the connection and integration of
parametrical building data in a digital workspace.
At a first glance the presented KIELSTEG element
offers total flexibility in respect to the length of the span
and the design of the related cross section, however it
was essential to limit certain parameters so that a
feasible industrial production process could be
developed.

are separated by web plates made of plywood or oriented
strand boards (OSB) depending on the size of the crosssection. The characteristic S-curved web-plates and their
elastic bending capacity directly influenced the width of
the flange elements (fig 18). Combining this information
with the load bearing requirements, a set of general
design parameters was defined. The most fascinating
aspect of this process is the possibility to mass customize
different cross sections. The following criterea needed to
be analysed and limited so that a feasible production
process could be defined.




Places where these elements would be more
appropriate than the current products
Waste optimization for the web plate and flange
production
The dimensions of the machines for the
production process

Today, there are two basic KIELSTEG elements
available, a straight one and a curved one, for roof and
floor elements. These types are available in different
heights. Three different heights are available with pine
plywood web plates [11], from 228 to 380 mm. Another
five heights are available with an OSB web plate [12,
13]. These range from 485 to 800 mm. In total, spans
from 6.00 meters up to 27.00 meters can all be covered
using the appropriate element. They can also cantilever
up to 10.00 meters.

Figure 2: on the left KSE 380, on the right KSE 800

CHARACTERISTICS OF THE
KIELSTEG ELEMENT
The KIELSTEG element was conceived and designed as
a contribution to affordable housing production. The of
the project was to reduce the amount of materials
needed. The motto “less material, lower costs”. The
logic behind these elements is that the height of the
element can be selected depending on the length of the
span. This conceptual approach was not based on
improving the financial gains but producing a high
quality product with an intelligent production process
that was based on glue technology.
The element itself can be described as a box-girder. The
bottom and top flanges are made of spruce lamellas and

Figure 3: Table that illustrates the KIELSTEG spectrum
When compared to solid timber elements the material
usage is decreased by up to 50% (fig 4).

Figure 4: Comparison of cross laminated timber (CLT)
and KSE for approximately the same construction height
and a distributed load of 5.2 kN/m²
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The following examples illustrate how the appropriate
ranges and balance between the geometrical parameters
was found. This was a necessary part of the element‘s
development into an industrial product.
The very first prototype and building project where the
KIELSTEG element was used was the detached house
EFH Trummer, built in 2005.

FABRICATION
The biggest and most challenging step was to adapt the
prototype production process to a fully automated mass
production process. The prototype process was devised,
based on the glue-lam machinery provided by Kulmer
Bau, who still have the exclusive production rights. The
key issue was how to combine the common glue lam
methods with these relatively small elements and the
large number of individual pieces that needed to be put
together during the production process. They finally take
their end position when the press is closed (fig 8).

Figure 5: Detached house Trummer in Graz
The floor elements were single span girders. They were
5.00 meters long and 160 mm high. The roof elements
spanned 7.20 meters and were 280 mm high. When
compared to a solid cross laminated (fig 4) timber or
glued laminated timber elements, the amount of time and
energy that was needed to produce a 160 mm
KIELSTEG element exceed any savings that occurred
through the reduction of materials.
The next key project was the factory for the brick
producer Redbloc, built in 2007.

Figure 7: A glance into the production of the Kielstegelements while the press is closed.

Figure 8: The process of consolidating and compressing
the individual parts of the Kielsteg-elements.

Figure 6: Brick work building, Redbloc Wels.

As well as the standard machines for panel cutting, wood
sorting, shifting and glue application, a prototype glue
press provided complete flexibility for varying heights,
from 228 mm to 800 mm.

This was the first time that the KIELSTEG elements
needed to meet economic demands. Elements, 380 mm
high, spanned a distance of 14.00 meters (fig 6). The
competitiveness, compared to a trapezoidal sheet metal
roof was discussed intensely and showed that the
element was more appropriate for wide spanned
elements.

Figure 9: Processing all four surfaces
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The following four side planer finished the element with
an accuracy of about ± 2 mm along the entire length of
35.00 meters (fig 9, 10).

Specific solutions are necessary for openings and
distributing horizontal loads. The necessary fire
resistance requirements also need to be met and the
shrinkage of the wood needs to be taken into account.
The rebates along the length of four of the edges (fig 11)
provide space for a connecting part which also provides
the necessary fire resistance.

Figure 10: A Kielsteg-element 80 cm high with a camber
after the surfaces have been planed. Produced by the
Kulmer Holz-Leimbau GesmbH in Pischelsdorf.
The production time for one element is approximately 20
minutes and it requires two employees to operate the
machinery. In a single-shift operation the facility has a
capacity to produce 35,000 square meters per year.

ARCHITECTURAL DESIGN AND
ENGINEERING USES
It is always a risky venture when releasing a new product
onto the market. By collaborating with designers,
architects and engineers the advantages could be shown
to far outweigh the risks. New building product can open
up more opportunities for planners and users. It also
extends the possibilities provided by traditional building
concepts. Advantages of this system include, a range of
large spans and minimal supports. In summary, apart
from the well-known strengths of timber based products




Figure 11: The relevant producable dimensions for this
system as well as the rebate along the edge that is used
to connect the elements.

OPENINGS
The openings for skylights can be achieved by
incorporating additional structural elements.

Short construction time
Faster installation
Reduced CO2 footprint.

Other advantages include
 Large spans up to 27.00 meters
 Cantilevers up to 10.00 meters
 Reduced and optimized material use
 Highest quality surfaces.

Figure 12: The neighboring elements are activated.

These facts are closely related to the distinctive crosssection of this glue laminated wooden product.
Currently there is a demand for elements which can
adapt to a large range of different floor plans and
different uses over time, in both residential and industrial
buildings. The strengths of the Kielsteg elements cover
these demands.

DETAILS
KIELSTEG elements are lightweight components,
designed to optimize the load bearing performance due
to vertical loads such as permanent loads and snow.

Figure 13: Smaller openings are possible without the
need for strengthening
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RIGID DIAPHRAGM ROOF/CEILING
The KIELSTEG elements can be joined to each other to
form a rigid diaphragm by screwing joint boards into the
rebates on the top long edges of the elements. Short
lengths of board are nailed or screwed alternately to the
neighboring elements. This creates a joint that allows
lateral movement and doesn’t restrict swelling and
shrinkage movement. Wind bracing strip are used to
transfer the forces in the orthogonal direction.

than that of the calculation model. This beneficial effect,
which can be explained by the redistribution of the stress
to the neighboring flanges, is taken into account in the
calculation method as a 20% increase in the timber
tensile strength for the flanges (fig 16).

Figure 16: The relationship between the element type
and the moment capacity
Figure 14: The top surface transfers the shear forces.
Bracing strips distribute the forces into the diaphragm in
the orthogonal direction.

LOAD BEARING BEHAVIOUR
The calculation is carried out in accordance with the
technical certification and approval documentation
which is based on both the DIN EN 1995-1-1 „Thinwebbed beams“ as well as the national annex. The
geometry of the KIELSTEG element is simplified as a
composite cross section with a straight web (fig 13)

RESISTANCE TO SHEAR FORCES
Adjustments do need to be made to the method described
in the DIN EN 1995-1-1 as the web is curved and not
straight. This geometry is taken into account by reducing
the shear strength in the verification of shear stress,
fv, eff,05. The danger of buckling increases the smaller the
web is. This is effect is also taken into account [14, 15].

Figure 15: Kielsteg cross sections and the simplified
cross section.

Figure 17: The relationship between the thickness of the
web and the effective shear force resistance. f v, eff.

RESISTANCE TO BENDING MOMENTS

CURVATURE OF THE WEB

After an extensive series of physical tests it was
confirmed that the calculation could be carried out as
described in the European Standards. When the
measured stress levels in the extreme fibers of the
flanges were compared to the calculated values, they
were almost identical. The resistance in the center of
gravity of the flange on the tension side was much larger

The maximum stress that occurs under bending, in the
connection between flange and web, is limited so as to
prevent failure of the web plates during production. The
maximal flexural stress is obtained from the deflection
curve of the web that is connected, at both ends, with a
rigid constraint. The maximum flange widths for the
elements are dependent on the thickness of the web, the
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material that the web is made of and the space between
the two flanges.


Deflection curve



Stress in the extreme fibers at
the connection between the web
and flange

FIRE RESISTANCE

Figure 20: A Kielsteg-element towards the end of 60
minute fire test.
Width of the flanges
Web thickness and the distance
between the flanges
Modulus of elasticity for the web panel
Ew,m,90,mean
perpendicular to the grain under bending as well as the
value for the outside veneer layers perpendicular to the
grain and OSB in the major
bf
bw, hw

Figure 18: Web deflection

DEFLECTION
For beams which span large distances, the verification of
the serviceability state is usually the decisive factor. The
verification of the bending stress limit can be carried out
using a simplified bending model which takes into
account the different moduli of elasticity of the different
materials. The lateral contraction of the flanges is
restrained and this means that the modulus of elasticity
can be increased as shown below:
E 0,mean,f = E 0,mean/(1-v²)

When Kielsteg-elements have been dimensioned
correctly then they are in the fire resistance class REI 30
or REI 60 without needing any additional measures such
as cladding. As the internal structure of the elements is
cellular it means that the duration until failure and the
remaining load bearing capability is only dependent on
the burning of the flange layer which is in contact with
the fire. The joints between two elements that were
designed, including the fire-protective strips, have been
tested and meet the requirements for the fire resistance
classes. The experiments to test the fire resistance
requirements were carried at the Institute for Fire
Protection and Safety Research in Linz. The fire
resistance classification is dependent on the thickness of
the flanges. Fire resistance classification is carried out in
accordance with the EN 1995-1-2. The charring rate β0 is
0.656 mm/min [16].

v = 0.2 [6]

It is possible to produce elements with a camber radius
970 meters using the production method. For a 25.00
meter span this would be l/300 equivalently.

d0
dchar,0
dred
β0

= Zero strength layer 7 mm
= Char depth
= Reduced depth
= Charring rate 0.656 mm/min

Figure 21: The relevant diagrams for the calculation of
the charring calculations according to EN 1995-1-2.
Depending on the fire resistance duration, KIELSTEG
elements can be classified into two fire resistance classes
as defined in ÖNORM EN 1995-1-2.
Figure 19: A KIELSTEG element with a camber
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ETA EUROPEAN TECHNICAL
ASSESSMENT
A technical approval certifies a new concept and gives it
product status. DIBt, as German approval body, granted
the Kielsteg-elements a national technical approval [6].
This was an important stepping stone to develop a
trading area. To be able to meet the demands of the
expanding market in other regions, an application was
made in 2015 for a “European Technical Assessment”
(ETA). The documentation necessary for this process
comprised of the previous national technical approval Z9.1-831 as well as additional reports on analytical and
experimental investigations of the system.

The production hall is lit by the opening in both the roof
as well as in the façade. The structure allows for a long
strip window along the center line of the roof. Further
opening which are integrated directly into the Kielstegelements (see Openings).

PROJECTS
Here, two projects are shown as examples of more that
200 projects that have been carried out. They were built
in 2014 and 2015 respectively. Both of the projects also
demonstrate how the elements can be integrated in to the
design and planning process.
The Baierl + Demmelhuber manufacturing plant in
Germany show the possibilities which are available for
very large spans and open floor plans when using the
Kielsteg-elements.
The „Be Mine Boulvard project” is defined by its
distinctive and simple structural design with a large
awning. The projects make use of the high quality
finishing of the surfaces by leaving the undersides
visible.

Figure 23: Internal view of the production plant

PRODUCTION PLANT BAIERL +
DEMMELHUBER
The interior design company Baierl + Demmelhuber in
Töging am Inn, Bayern, Germany in built almost entirely
from timber. The dimensions of the floor plan are 66 by
46 meters. The Kielsteg-elements, which measure 21.50
meters, span from the centerline, where they are
supported by three columns, to the outside wall. It was
not necessary to use a classic system composing of a
primary and secondary structure. The Kielsteg-elements
unify to one large slab. This made it possible to house a
space of 3,000 square meters with a floor plan that is
totally flexible and did not need to be designed for one
specific setup [17].

Figure 24: The light, 21.5 meter long, 72 cm wide,
cambered elements, which weigh approx. 3t, were lifted
into place using a crane. It is possible to install up to
1,000 square meters per day using this method.

Figure 25: shows the elements being put in place.
Figure 22: External view of the production plant
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BE-MINE BOULVARD

CONCLUSION

The following example is part of a large redevelopment
project for a 32 hectare mining plant in Belgium. The
master plan for the project was finished in 2009. Be
Mine wanted to achieve a balanced integration between
living space, working space and retail space. Through
this project 500 jobs should be created.

This paper emphasizes the two main aspects in the
development of the Kielsteg-elements. The first is the
elements technological evolution, all the way up to mass
production capability. The other aspect is the integration
into the design process and the demands that come with
it.
The example buildings that were presented were built in
a very cost effective manner without paying much
attention to the artistic impression. The main demands
that needed to be fulfilled were; short construction time,
large spaces without columns, an adaptable floor plan
depending on the usage, integrating openings to allow
natural lighting, using the slab as a diaphragm and
finally to create large cantilever canopies. All of these
demands were met and solutions designed in detail.

Figure 26: The main square and the entrance to the
shopping center in Behringen.
The Belgian architect Frederik Vaaes wanted to create a
contrast between the old mine buildings, which are made
of bricks and steel, and his new building by using a
combination of timber and glass [18].

Figure 27: Part of the shopping center’s facade

The Kielsteg-element has been tried and tested, not just
from the point of view of a planner or customer but also
from the timber product manufacturer’s point of view. If
the profit margins in production are kept the same as
other products, the break-even point in the production is
reached easily after approximately 25,000 square meters
per year. Kulmer Bau, the company which currently has
the exclusive production rights, has managed to break
into the international market. Since starting with the
automatic production they have set up a network of
international business partners in Germany; Benelux,
Switzerland and Italy.
When discussing the future of timber construction and
the desire for lightweight structures the Kielstegelements have to be taken into consideration and seen as
a solution. If the prognoses are correct the demand for
timber will rise significantly by 2030 [19]. It is necessary
to find a balance between the material used for resource
efficiency and the positive effect on the carbon footprint
with increased timber usage.
The authors are convinced that the Kielstteg-elements, as
a lightweight structural element, fulfill future ecological
and resource efficiency requirements. At the same time,
it has redefined possible performance and flexibility for
prefabricated timber structures. Therefore, its
development is a perfect example of a successful
cooperation between research and industry on a
European scale which has turned a vision into reality.

Figure 28: View of the plot from the hill which is being
mined. The 20,000 square meter green roof In the
foreground is from the shopping center.
The green roof covers 20,000 square meters. The
structure has a long cantilever which made it possible to
keep the covered common space in front of the shops
free from columns. As the structure has a main span of
7.5 meters and a cantilever of 4.9 meters, the
construction height of just 38 cm is extremely small.
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NOVEL HIGH PERFORMANCE TIMBER HYBRID BEAM
Gregor Wenighofer1, Raimund Mauritz2, Andreas Neuhauser3
ABSTRACT:. A novel timber hybrid beam with a special aluminium profile glued in spruce flanges was developed to
provide higher load bearing capacity and the possibility of mounting system parts. The basic product of the novel beam
is a standard Doka H20 formwork beam with a depth of 200 mm and a flange width of 80 mm. Extensive testing has
been carried out to find appropriate gluing systems. Pre-treatment of aluminium in combination with 1-K PUR glues
performed best in these tests. FEM analysis have been used to define the geometry and wall thickness of the aluminium
profile. The novel timber hybrid beam can find applications in formwork systems as well as in innovative wood
construction systems.
KEYWORDS: hybrid beam, formwork, wood construction, aluminium

1 INTRODUCTION 123
Doka is a world-leading company developing, producing
and distributing formwork systems and components for
concrete construction. The production facilities of Doka
are situated in Austria and Slovakia but the formwork
systems and components are used around the world. An
important aspect of Doka products is that they are
designed for multiple use on different construction sites
over a time span of several years.
One of the main wood-products of Doka is the timberformwork beam H20 which is produced according to the
class P20 of the standard EN 13377 “Prefabricated
timber formwork beams – Requirements, classification
and assessment” [1]. Beams according to this standard
consist of two flanges, typically made of strength graded
and finger jointed spruce (Picea abies, Karst.) and an
engineered wood-products web (solid wood panels,
plywood, particle board). The standard allows depths of
160 mm, 200 mm and 240 mm. Doka beams H20 have a
depth of 200 mm and a flange width of 80 mm and a
flange height of 40 mm. (see Figure 1).

Figure 1: Doka formwork beam H20N
1

Gregor Wenighofer, Doka GmbH,
gregor.wenighofer@doka.com
2
Dr. Raimund Mauritz, Doka GmbH
3
Andreas Neuhauser, Doka GmbH

The geometry of such beams is different to I-joists used
in wooden construction as typically shear is the deciding
factor and the handling on the construction site is
different.
The depth of 200 mm represents the majority of
formwork beams worldwide. As a consequence, all
important formwork systems are designed for this beam
dimension, e.g. 4-way heads for the connection of props
and beams as it is done in slab systems (see Figure 2) or
flange clamps for the connection of steel walings and
beams as it is done in wall systems (see Figure 3).
System parts like those typically use the geometry of the
beam for their function which means that they would not
work properly with another beam depth or flange width.

Figure 2: slab system
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Poplar plywood. App. 79% of this beam are made of
hardwood.
A special sheet made of WPC is glued to the outer side
of the birch lamella as a protection against impact
stresses and damages.

Figure 3: wall system

Construction projects sometimes demand higher load
bearing capacities than standard H20 beams can provide.
Therefore formwork beams H24, H30 and H36 with a
depth of 240, 305 and 360 mm, respectively were
offered. The basic design of these beams was
comparable to the H20 beams but the dimension of the
flanges reached up to 97x 54 mm.
Although the higher structural properties of these beams
were advantageous, the different depths and flange
dimensions negatively affected the usability and
compatibility in formwork systems.
To overcome these hurdles Doka developed a novel
formwork beam, called I tec 20, with a depth of 200 mm
but +80% more load bearing capacity. This meant that
all the system parts typically available on construction
sites could still be used. A detailed comparison of the
characteristic values of these two beams is given in table
1.
Table 1 comparison P20 according to EN 13377 to Doka-beam
I tec 20

Property

Unit

Shear resistance Vk
Resistance Rk
Bending resistance Mk

kN
kN
kNm

P20
(EN 13377)
23,9
47,8
10,9

I tec 20
39,6
86,6
19,5

The flange of this beam is made of two different
lamellas. The outer lamella is made of strength graded
and finger-jointed solid birch (Betula pendula, Roth).
The lamellas are proof-loaded after finger-jointing to
guarantee the load bearing capacity. The gluing to the
inner lamella made of spruce is done with a one
component polyurethane glue. The web is made of

Figure 4: Doka formwork beam I tec 20

The beam is produced since 2011 and made it possible to
create new formwork systems that reduce the amount of
props by app. 1/3 and therefore need about 15% less
manipulation time for setting up and stripping the
formwork which results in reduced costs for the
construction companies.
The development of I tec 20 led to a deeper
understanding of the function of formwork beams and
the interaction of web, flange and finger-joints and was
the basis for a novel high performance timber hybrid
beam.

2 MATERIAL AND METHODS
The basic product for this novel beam called I tec pro is
a standard formwork beam according to EN 13377.
Strength graded and finger jointed Spruce is used for the
flanges, the web is made of a special particleboard with
higher resin content and density compared to
commercial chipboards. A comparison of some
properties of this web to Heavy duty load-bearing boards
for use in humid conditions (Type P7) according to EN
312:2010 “Particleboards – specifications” [2] is given
in table 2.
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EN 13377 while having the same dimension and weight
as other beams on the market.

Table 2 comparison Type P7 to Doka-web

Property

Test
method

Unit

P7

Bending strength
Modulus
of
elasticity
in
bending
Swelling
in
thickness after
cyclic test

EN 310
EN 310

N/mm²
N/mm²

18,5
2900

I tec
proweb
27
3900

EN 317

%

10

3

One of the ideas in developing this novel beam was to
use the standard production facilities for formwork
beams and have one further processing line to reach new
properties.
A slot is milled in the middle of the flange until it
reaches the tips of the web-flange finger joint.
A special profile made of aluminium AW 6060 T 66 is
glued in this slot with a one-component polyurethane
glue. Due to the inclined profile the connection works
like a finger-joint and guarantees thin glue lines.

Figure 5: Doka formwork beam I tec pro

During the first stages of the project other materials for
the reinforcement profile were investigated, too.
Steel profiles probably would have also worked for
raising the load bearing capacity but sharp profile edges,
which are necessary to get a perfect fit of the profile to
the milled timber flange would not be possible so easily.
Aluminium profiles allow some basic operations on
construction sites which would not be possible when
using steel profiles. Further on the lower difference
between MOE of aluminium and timber compared to
steel and timber make it easier to combine the two
materials into one composite construction.
Glass or carbon fibre reinforced plastics would definitely
raise the tensile strength of the flanges but the options
for system connections would be limited due to low
shear capacities parallel to the fibres.
2.1 Glue line tests
The glue line quality and durability has to be very high,
as formwork beams are used in exterior conditions
throughout the whole year. The adhesiveness of
aluminium on the other hand is quite difficult and
typically demands special pretreatments. Therefore,
extensive testing has been carried out to investigate the
glue line quality between aluminium and spruce.
In a screening test 18 different gluing systems (PVAc,
EPI, MUF, PRF, PUR, Hybrid, MMA, Epoxy; partly
with primer) were tested on degreased and sanded
aluminium.
A second test series dealt with 4 gluing systems, partly
already used in the screening test (PRF, Epoxy, PUR,
silane-modified polymer) but additional pretreatment
methods of the aluminium (e.g. degreased and sanded,
chromated,
zinc-phosphated,
yellow-chromated,
anodized) were applied.
In both test series the longitudinal tensile shear strength
was determined with a modified test set up based on EN
302-1 [3] and thin glue lines with a maximum thickness
of 0,1 mm. One of the adherents was spruce, the other
one aluminium. Pre-treatment of the specimen according
to EN 321 [4] was performed before the tests. All
together 2 cycles, each one consisting of 70 hours of
water immersion at 20°C, 24 hours freezing below -12°C
and 70 hours of drying at 70°C were conducted.
Cyclic tests according to EN 321 were performed with
full size specimen with a beam length of 450 mm and the
delamination of the glue line was measured. After the
cycles the flange was separated from the profile with a
hammer blow to determine the percentage of wood
failure.

Figure 6: Doka formwork beam I tec pro

This design ensures +80% more load bearing capacity
compared to formwork beams class P20 according to

Beams with a length of 2900 mm were stored under
water at 20°C for 96 hours and dried in a drying chamber
at 60°C for 72 hours. This cycle was repeated 6 times.
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2.2 FEM Analysis
FEM tools were used to design the geometry of the
profile and to ensure, that transmittable forces for the
mounting devices fit to the load bearing capacity of the
glue line and the wooden flange of the formwork beam.
Of special interest was the geometry and thickness of the
aluminium flange of the profile as it was the deciding
factor for the design.
Further research has been started together with the
Institute for Mechanics of Materials and Structures,
Technical University of Vienna (IMWS) to investigate
and describe the state of stresses and the stress
distribution in the glue line due to different linear
expansion of the aluminium profile and the wooden
flange (changes of temperature and moisture content).
The aim is to develop novel algorithms for describing
the absorption and diffusion of water and calculate the
swelling and shrinkage of wood.

shows a picture of the glue line together with the
digitally measured thicknesses.

Figure 8: Glue line thickness

The results of the tensile shear strength showed big
differences in strength and wood failure percentage
depending on the combination of gluing system and pretreatment of the aluminium.

2.3 Load bearing tests
Boxplot tensile shear test after pre-treatment
n=6

tensile shear strength [N/mm²]

EN 13377 demands load bearing tests in different setups
to determine the mechanical properties of formwork
beams concerning bending, bearing resistance, shear and
stiffness.
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Figure 9: tensile shear strength after pre-treatment

Boxplot tensile shear test after pre-treatment
wood failure
n=6

wood failure [%]

100
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Figure 7: test arrangements according to EN 13377

The transmittable forces for the mounting function have
been determined with tensile tests perpendicular to the
longitudinal axis of the beam with different connectors.

3 RESULTS
3.1 Glue line tests
The glue line was investigated with a reflected-light
microscope to measure the glue line thickness. Figure 8
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Figure 10: tensile shear strength after pre-treatment – wood
failure

Delamination of less than 10% of the glue line length of
the full size specimen was measured after 6 cycles and
more than 90% wood failure were recorded after the
removal of the flange by hammer blow for 1-K PUR
glue and the best pre-treatment of aluminium.
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3.2 FEM Analysis

Boxplot bearing resistance [kN]
n = 21 / 13 / 10

160
140
bearing resistance [kN]

The aluminium profile offers the possibility of mounting
system parts using hammer-head screws or other
devices. Based on the finite element analysis the wall
thickness of the profile was fixed with 2 mm. Figure 11
shows an example of FEM analysis during the design
phase.

Common for all test set ups is the reduction of the
variation of the values. The homogeneous properties of
aluminium lead to a homogenization effect of the beams.

120
100
80
60
40
20
0

Standard H20

I tec 20

I tec pro

Figure 12: Load bearing capacity – bearing resistance
Figure 11: FEM analysis of aluminium profile

Boxplot bending resistance
n = 21 / 13 / 10

The coefficients of thermal expansion are 3,15
m/mK*10-6 for spruce in longitudinal direction [5] and
23,86 m/mK*10-6 for aluminium [6]. Although the
longitudinal swelling and shrinkage of spruce is quite
low compared to the characteristics in radial or
tangential direction it has to be taken into account. The
linear expansion of spruce due to a change of moisture
content of 10 percentage points will be about factor 2
compared to the linear expansion of aluminium due to a
change of temperature of 20°.

35
30
bending resistance [kNm]

Within a first step an estimate of the stresses in the glue
line was calculated due to the different linear extension
of wood and aluminium.

25
20
15
10
5
0

Standard H20

Figure 12 shows, that the resistance of I tec pro beams
can even exceed the level of I tec 20. This is due to the
design of the beam that guarantees a flow of forces from
the profile to the web and the profile in the opposite
flange.
The bending resistance (Figure 13) is at a comparable
level as I tec 20. There are basically two failure modes in
this test set up: either the remaining spruce flange or the
aluminium profile fail under tension.
Due to the higher stiffness of the aluminium reinforced
flanges the shear resistance can be raised above I tec 20
- level.

I tec pro

Figure 13: Load bearing capacity – bending resistance
Boxplot shear resistance

3.3 Load bearing tests

n = 21 / 13 / 10

60
50
shear resistance [kN]

The load bearing capacities of this novel hybrid beam
are in range with or above Doka-beams I tec 20, which
means at least +80% of the design values of formwork
beams H 20 (class P20) according to EN 13377. Even
higher improvements could be possible depending on the
design of the profile.
It could be shown that depending on the connector 10 to
20 kN maximum load could be applied.

I tec 20

40
30
20
10
0

Standard H20

I tec 20

I tec pro

Figure 14: Load bearing capacity – shear resistance
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4 CONCLUSIONS
It could be shown that it is possible to create a durable
glue line between a timber beam flange and an
aluminium profile. The load bearing capacity of a
formwork beam can be improved with such a hybrid
design. The mounting options in the aluminium profile
can be used for fixing system connectors or creating new
formwork system applications.
Furthermore, the beam or at least the principle of gluing
a special aluminium profile in to a timber beam to
improve the load bearing capacity and offer the
possibility of mounting system connectors could be
advantageous for the wood construction sector, too.
Possible applications might be suspended ceilings, post
and beam constructions, trade fair construction and
others.
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A NOVEL TIMBER DOWEL-TYPE CONNECTION USING SHAPE
MEMORY ALLOY
Haoyu Huang1, Wen-Shao Chang2

ABSTRACT: In order to provide self-centering effect, a novel timber dowel-type connection system using superelastic
shape memory alloy (SMA) bar and tubes as dowels is investigated in this study. Double-shear connections with SMA
and mild steel dowels were tested under dynamic loadings at different displacement levels. The results showed that
SMA dowel-type connections have good self-centering behaviours and can mitigate the residual deformation effectively
compared with steel dowel-type connections after excessive deformation, although the steel dowel-type connections
present higher strength. These tests reveal that the connection with tube dowels show higher equivalent viscous
damping ratio than those use solid bar as tube would allow larger deformation to dissipate energy.

KEYWORDS: Timber dowel-type connection, Shape memory alloy; Tubes; Self-centering effect

1 INTRODUCTION
In timber structures, connection is an important
component because the connection is the weakest link of
a structure. The stiffness of the connections significantly
affects the structural deformation behaviours [1].
Concerning the conditions under cyclic loading,
damping capacity of connections plays an important role
in energy dissipation. Dowel-type connection is the most
common type of timber connection, mainly relying on
the bending capacity of the dowel and the embedment of
the timber [2].
Nevertheless, timber connections are always the weakest
in the whole structure under an extreme event such as an
earthquake. Steel is normally used in dowel-type
connections, because steel contributes satisfactory
stiffness and strength and has the benefit of low cost.
However, as presented in our pilot studies [3], steel
dowels in timber connections have large residual
deformations, and residual deformations from
connections can cause structural instability and collapse,
so it is important to develop a self-centering connection
system. Therefore, we used a dowel-type connection
using superelastic shape memory alloy (SMA) dowel in
our pilot research [3] and preliminary static compressive
tests showed it was capable of being self-centering.

Figure 1: Stress-strain curve of Cu-An-Mn SMA bar tensile
test

Superelasticity is one of the most important
characteristics of SMA [4]. Figure 1 presents the result
from one of our previous tensile tests on Cu-Al-Mn (Cu
= 81.84%, Al = 7.43% and Mn = 10.73% by weight)
SMA bars, and shows the superelastic behaviour which
is able to recover the alloy to the original shape after a
large plastic deformation. The application of SMA to
civil engineering has been explored in previous research
and the mechanical characteristics of SMA have been
studied in relation to its performances in structures [512]. The fatigue properties of copper-based SMA have
been studied regarding to its structural applications, and
the dependency on temperature and strain range is
highlighted [13-15]. SMA has been studied in steel
connections for reinforcement, and research results show
SMA is able to recover residual deformations and exhibit
satisfactory energy dissipation capacities [16-20]. With
regard to the particular self-centering effect of SMA on
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timber connections and the interest in whether SMA can
benefit dowel-type timber connections, only our pilot
research [3] has been carried out and more explorations
are needed.
Associated with the enhancement of damping capacity
for timber connections, Leijten [21] forwarded a concept
that the solid dowel can be replaced by tube. Tube is
easier to bend than a solid bar, thus the larger bending
deformation can contribute more damping capacity [22].
Moreover, tube can be expanded by hydraulic jack in
order to achieve suitable clearance with timber and in
this way the stiffness of connection can be increased.
However, the residual deformation of tubes caused by
larger bending is an issue. The application of SMA tubes
to timber connections would be practicable in addressing
this problem.
In this study, a novel timber dowel-type connection with
SMA is developed in which SMA solid bars and tubes
are used as dowels to present self-recoverable function.
Dynamic cyclic loadings with different amplitudes were
carried out. Mild steel was employed in the same tests
for comparison. This study presents how this novel
dowel-type connection behaved in terms of selfcentering capacity, damping ratio, strength and ductility.
More resilience may lead to less energy dissipation
because the unloading curve retrieves to the origin and
the hysteresis loop becomes small, and this can be seen
in the tests on SMA-reinforced beam-column joints [23].
To find the balance between energy dissipation and
resilience in timber connections, a parametric study was
carried out by analysing the effect of connections on
seismic performance of a timber structure so as to
provide a basic understanding.

(a)

Unit: mm
(b)

2 MATERIALS AND METHODS
The dowel-type connection used in this study is a
double-shear connection with three pieces of timber and
one dowel. A total of 30 connections were tested in this
project. The timber used in the fabrication is sawn
softwood graded C24, and the species is spruce (picea
abies). The embedment strength, moisture content and
density were tested in the laboratory. The tests for
embedment strength strictly followed the BS EN383
[24], and the characteristic embedment strength
paralleled to grain was 18.95 MPa from 10 samples. The
average moisture content and characteristic density were
11.3% and 306.78 𝑘𝑔/𝑚3 , respectively.

Unit: mm
Figure 2: (a) Test setup of double-shear dowel-type timber
connection; (b) Application of tube-type dowel to timber
connection

The fastener connecting the timber used both SMA and
steel tubes and bars with outer diameter of 12 mm. CuAl-Mn (Cu = 81.84%, Al = 7.43% and Mn = 10.73% by
weight) SMA was employed in this study, and was
provided by Furukawa Techno Material Co. Ltd., Japan.
The material cost of copper-based SMAs is 10%-20% of
that of Ni-Ti-based SMAs [6], and cost of Cu-Al-Mn
SMA is as low as that of other copper-based SMAs [10].
Moreover, in comparison of Ni-Ti SMA, machining CuAl-Mn SMA is easy, thus the machining cost can be
lower [10]. The austenitic phase transformation end
temperature (𝐴𝑓 ) tested by the differential scanning
calorimetry (DSC) method was -53℃, which means this
Cu-Al-Mn SMA is superelastic at ambient temperature
and has the aforementioned re-centering capacity. From
material characterisation of Cu-Al-Mn SMA bars of 12
mm in diameter, the phase transformation stress was 200
MPa. The transformation stress of SMA has the
dependence on temperature, e.g. the transformation
stress increases with the rising temperature [25, 26]. The
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material for steel dowel was mild steel graded EN3B
(080A15) [27], and its yield stress was 310 MPa. To
present the effect of tube-shape dowels on the dynamic
behaviours of the connection, despite using solid rods,
SMA and mild steel tubes with 6 mm and 8 mm inner
diameter holes and 12 mm outer diameter were applied
to the tests.
The dimensions of experimental connections and test
setup can be seen in Figure 2. As listed in the test
protocol (Table 1), comparison tests in terms of different
dimensions and materials of dowels were carried out.
For each test, the loading protocol can be seen in Figure
3; connection samples were tested by displacement
control at displacement amplitudes of 2, 4, 6, 8, 10 and
12 mm at a loading frequency of 1 Hz. As the damping
stabilisation issue of SMA has been discussed [28], the
damping decaying of SMA dowel-type connections at
invariant displacement is studied in this paper.
Therefore, there are 10 cycles in each loading
displacement level as shown in Figure 3. Each testing
condition was repeated using 5 samples.

types of connections, and were initiated by the
embedment failure of the hole area. For connections
using steel tubes and SMA dowels, as shown in Figure 4
(b), (c), (d), (e) and (f), the dowels are bent plastically
and one plastic hinge occurs in the middle. SMA dowels
and steel tubes have lower bending strength and,
therefore, bend more easily. As a consequence, the inner
timber embedment failures in these samples were
smaller. It is noteworthy that steel tubes with 6 and 8
mm diameter hole and SMA tubes with 8 mm diameter
hole were fractured after loading, as thin wall thickness
leads to more bending deformation and low-cycle fatigue
occurs. In Table 2, the deformations at which each type
of connection fails are indicated. It can be found
connections with steel receive more damage. For a
stronger timber, the embedment failure of timber can be
reduced, thus densified veneer wood will be considered
to be employed in reinforcing timber connection in
further research. Considering dowels with different
diameter applied to the connections, the failure mode
could be different and Johansen’s equations can be
referred. In this study, the effect of SMA tubes on failure
mode is mainly studied and compared.
3.2 SELF-CENTERING BEHAVIOURS

Figure 3: Loading protocol
Table 1: Test protocol
Number
of test

Material
of
the
dowel

1
2
3
4
5
6

Cu-AlMn SMA
Mild steel

Dowel
dimensions:
diameter of the
hole (mm)
0 (Solid bar)
6
8
0 (Solid bar)
6
8

Repetition
number
5
5
5
5
5
5

3 RESULTS AND DISCUSSION
3.1 FAILURE MODE
Figure 4 shows the observations of failure modes. As
seen in Figure 4 (a) and (c), which present the
transections of connections using steel bars and steel
tubes with 6 mm diameter hole, the inner timber meets
bearing failure and the hole area of that has an
elongation of approximately dowel diameter length.
Timber splitting failures are also observed in these two

Load-displacement curves of timber dowel-type
connections using mild steel and SMA bars and tubes are
presented in Figure 5 and Figure 6, respectively. These
two Figures show the last cycle (10th cycle) in each
amplitude level. As the connection using a steel bar was
broken at 10 mm amplitude, hysteresis at 10 mm and 12
mm amplitude of that does not show in Figure 5. In
Figure 6, steel dowel-type connections were broken at 12
mm amplitude. Therefore, SMA allows larger
deformation. From Figure 5 and 6, the residual
displacement of SMA dowel-type connections is much
smaller than that using mild steel. The timber SMA
dowel-type connection shows good self-centering effect.
The permanent deformation of SMA dowel-type
connections is mainly contributed by timber embedment
failure. In further studies, the self-centering effect of
SMA dowels is expected to be more significant by
reinforcing timber in order to increase the embedment
strength.
Table 2: Failing deformation of each type of connection
Number
of test

Material
of
the
dowel

1

Cu-AlMn SMA

2
3
4
5
6

Mild
steel

Dowel
dimensions:
diameter of
the
hole
(mm)
0
(Solid
bar)
6
8
0
(Solid
bar)
6
8

Failing
deformation
(mm)
Did not fail
Did not fail
12
10
12
8
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Figure 4: Failure modes for timber connections using (a) steel
bar; (b) SMA bar; (c) steel tube with 6 mm diameter hole; (d)
SMA tube with 6 mm diameter hole; (e) steel tube with 8 mm
diameter hole; (f) SMA tube with 8 mm diameter hole

Figure 5: Load-displacement curve of timber dowel-type
connections using steel and SMA bar (10th cycle)

Figure 6: Load-displacement curve of timber dowel-type
connections steel and SMA tube (6 mm diameter hole) (10th
cycle)
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(a)

deformation is lower than that at 8 mm deformation; the
behaviour could be caused by the self-heating of SMA as
higher temperature can facilitate its superelasticity.
In SMA dowel-type connections, using tubes shows
better self-centering effect, while this trend is weak in
steel dowel-type connections in comparison of Figure 7
(b) and (c). It is of importance that the self-centering
effect of SMA can be developed so as to mitigate the
damage of connections and reduce the permanent
deformation after earthquakes.
3.3 DAMPING PROPERTIES

(b)

(c)

Figure 7: (a) Comparison of the residual displacement of the
steel and SMA tube with 6mm hole dowel-type connection at
10th cycle at each amplitude level; (b) Residual displacement
of the SMA dowel-type connections at 10th cycle at each
amplitude level; (c) Residual displacement of the steel doweltype connections at 10th cycle at each amplitude level

Figure 7 presents the residual deformation in the last
cycle at each amplitude level. Since some steel doweltype connections were broken before completing the
loading protocol, in higher displacement levels, residual
displacements of these do not show in the graph. In
Figure 7 (a), the larger the loading amplitude, the better
the self-centering behaviour of SMA dowel-type
connections
compared
with
steel
dowel-type
connections. For instance, at amplitude of 2 mm, the recentering effect is not obvious, whilst the retrieval is
large at amplitude of 10 mm. In SMA bar system as seen
in Figure 7 (b), the residual displacement at 10 mm

Damping capacity of connections plays an important role
in timber structures to dissipate energy. Equivalent
viscous damping ratio (EVDR) of connections in each
cycle is calculated based on the methods in BS EN12512
[29]. Comparing EVDR between steel dowels and SMA
dowels in Figure 8, steel dowels contribute higher
damping and the hysteresis of steel dowel-type
connections covers larger area, as seen in Figure 5 and 6.
Except for connections using steel tube with 8 mm
diameter hole, EVDR decreases with the increase in
loading amplitude.
It is noteworthy that tubes can increase the damping
capacity of connections and the larger the hole, the more
energy it can dissipate. It can be explained by the fact
that tubes are easier to bend plastically and plastic hinges
can increase the energy dissipation, as indicated in the
Introduction. By converting SMA bars to tubes, the
energy dissipation capacity can be comparable with that
of a steel bar.

Figure 8: EVDR of the SMA and steel dowel-type connections
at 10th cycle in each condition
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(a)

(b)

of martensite, which results in the drop of critical yield
stress; in the consequence it leads to less energy
dissipation [9, 30]. However, this damping decrement
tends to be small when the dislocation stabilises, and this
phenomenon can be seen in Figure 9 (b) and 9 (c).
Figure 9 (b) compares EVDR in the further loading at
amplitude of 6 mm; the decrement of damping of SMA
dowels tends to be smaller after 10 cycles, whilst the
EVDR of steel bar connections decreases greatly and
may be due to low-cycle fatigue. In the following
loading procedures, as shown in Figure 9 (c), SMA
shows little damping decay between the 1 st and 10th
cycle, while connections using steel bars and steel tubes
with 8 mm hole are broken. It is notable EVDR
compared in study is regarded as from a whole
connection even though the damage of the wood is
different in each series.
3.4 STRENGTH AND DCTILITY

(c)

Figure 9: Comparison of the EVDR of the timber dowel-type
connection between 1st cycle and 10th cycle (a) at amplitude of
2 mm; (b) at amplitude of 6 mm and (c) at amplitude of 10 mm

Figure 9 (a), (b) and (c) compares the EVDR in the 1 st
cycle and 10th cycle at amplitude of 2 mm, 6 mm and 10
mm, respectively. The variable proportions are presented
on each graph. Figure 9 (a) shows how energy
dissipation drops down from the 1 st cycle to the 10th
cycle and the decrement of SMA dowel-typeconnections is greater than that of steel. In the first cycle,
the damping capacity of timber connections depends on
both dowel and timber deformation. After the first cycle,
timber often meets bearing failure and only dowel
dissipates energy and that is why damping decreases.
The larger damping decay in SMA dowel-type
connections is caused by microstructural dislocation and
slip. The internal stress of SMA contributed by
microstructural deformation can facilitate the formation

The yield strength of connections is calculated using the
approach in BS EN12512 [29] and is shown in Figure
10. Ultimate strength is presented in Figure 11. These
values are averaged from 5 repetitions and the error bars
show the standard deviation. It can be seen that steel
dowels can provide higher strength for 1-2 kN than SMA
dowels, except in the condition using 8 mm diameter
hole tubes. The yield strength of SMA dowel-type
connections is not influenced so much by converting
solid bars to tubes, while the yield strength of steel
dowel-type connections is reduced by using tubes.
The ductility is calculated by the formula based on BS
EN12512 [29]:
𝑉𝑢
𝐷=
𝑉𝑦
where 𝑉𝑢 is the ultimate slip and 𝑉𝑦 is the yield slip.
Figure 12 shows the averaged ductility (𝐷) using 5
samples. The ductility of connection using solid SMA
bars is the highest. The reason is that steel was fractured
before completing the loading protocol and SMA allows
larger deformation, as seen in Figure 5. In terms of steel
dowels, 6 mm diameter tubes provide higher ductility.
As shown in Figure 6, the elastic stiffness of SMA tube
dowel-type connections is lower and leads to lower
ductility.

Figure 10: Yield strength of steel and SMA timber dowel-type
connections
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Figure 11: Ultimate strength of steel and SMA timber doweltype connections

Figure 12: Ductility of steel and SMA timber dowel-type
connections

4 CONCLUSION
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CONTACT JOINTS IN ENGINEERED WOOD PRODUCTS
Tobias Schmidt1, Hans Joachim Blaß2
ABSTRACT: Cross laminated timber (CLT) members are especially suited for in-plane loads due to their high shear
strength and stiffness. However, available connection techniques show limited load-carrying capacities and stiffness
values in comparison to the shear capacity of CLT. To use the potential of CLT under in-plane loading, new connection
techniques, so called contact joints, with increased stiffness and load-carrying capacities were developed. 10 different
types of these contact joints, varying geometry and connector material, were studied. The developed contact joints can
substitute traditional connection techniques.
KEYWORDS: Contact joints, compression shear tests, cross laminated timber

1 INTRODUCTION 123
Plates or diaphragms made of CLT are ideal members to
transfer vertical as well as horizontal loads in buildings.
The excellent mechanical properties of CLT combined
with a high degree of prefabrication enable CLT members to be used in residential buildings as well as in other
applications, where steel and concrete are still the predominant building materials. Examples are inner-city
buildings up to about 10 storeys, industrial and commercial buildings and engineered timber structures in general.
Earthquake or wind loads on buildings cause diaphragm
action in CLT members. Because of their high shear
strength and stiffness, CLT members are especially suited for these in-plane loads. However, fabrication,
transport and erection limit the potential size of CLT
members. Consequently, wall or floor diaphragms are
often composed of several smaller CLT elements joined
at the edges (see Figure 1). Using traditional connection
techniques, e.g. nails, screws or special CLT connectors
[1], the edge connection only achieves between 10 %
and 30 % of the shear capacity of the CLT itself. The
shear strength and shear stiffness of a CLT member
composed of several elements are governed by the loaddeformation behaviour of the edge connections. The
load-carrying capacity of the CLT member and the shear
connection, respectively, are hence not balanced and the
high shear capacity of the CLT member cannot be exploited.
1

Tobias Schmidt, Timber Structures and Building Construction, Karlsruhe Institute of Technology, Germany,
tobias.schmidt2@kit.edu
2 Hans Joachim Blaß, Timber Structures and Building Construction, Karlsruhe Institute of Technology, Germany,
hans.blass@kit.edu

CLT member consisting of
one element
F

CLT member composed of
several elements
F

Edges
Shear connection

Figure 1: CLT shear walls

To close the gap between the shear capacities of CLT
and the shear connections, contact joints were developed. CNC automatic processing machines are already
used to produce high capacity contact connections for
linear timber members as e.g. compression diagonals in
trusses [2]. Stecher et al. [3] showed the use of dovetail
connectors fabricated from Beech plywood to transfer
shear along the edges of CLT elements.
This article shows a number of possible shear connections for CLT wall or floor diaphragms. The connections
are either direct or indirect contact joints. Direct contact
joints rely on interlocking of the edges of CLT members;
indirect contact joints use additional wood-based connectors (see Figure 2). The connections transfer static
and cyclic loads. In this contribution, contact joints for
static loads with different geometries aiming at easy
fabrication using automatic processing machines and
high load carrying capacity are presented. 10 different
shear connections were experimentally studied in connection tests.
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Plywood
B

A

B

220

In order to minimise processing costs and time and to
avoid significant reduction of cross section, wood-based
connectors are used. The shear capacity of the connector
per unit length should exceed the corresponding value of
the CLT element. The higher the ratio between the connector shear strength over the CLT shear strength, the
higher the potential net shear cross section of the CLT
will be and the lower the processing effort.

A
250

Figure 2 shows the two principal types of contact joint:
direct (left) and indirect (right). The advantage of the
direct joint is that no fasteners or connectors are required
to transfer loads parallel to the edges. However, since the
edges of both CLT elements need to be processed to
allow interlocking, the residual shear area of each CLT
element is only about 50 % of its edge area and processing is required over the full edge area. Interlocking
also means a loss of CLT element width depending on
interlocking depth.

After preliminary calculations and tests, one direct and
nine indirect contact joints were chosen for static shear
tests. For comparison, a nailed connection was tested as
well (section 2.4). Figure 3 shows the connector types
and geometries. The upper half shows connectors oriented parallel to the joint line; the connectors of the lower
half are mainly oriented perpendicular to the joint line.
Each specimen consists of two CLT elements A and B
with the shear connection in between.

C

n=6

500

2.1 GENERAL

2.2 CONNETOR TYPES AND TEST
PROGRAMME

n=6

S4

Plywood
A

B

S5

Plywood
A

n=6
„S5 cross
section“

B

250

2 JOINT GEOMETRIES AND EXPERIMENTAL STUDY

C: Centre of shear key
n: Number of tests

S6

S7

LVL
A

n=6

A

n=6

LVL

LVL

S8

LVL
B

n=6

B

n=6

A

S9

B

n=6

A

S10
LVL

B

n=5

A

B

n=6

Figure 3: Connector types

Figure 2: CLT shear wall. Direct (left) and indirect contact
joint (right)

Wood-based materials with high shear capacity are high
density plywood or LVL. Consequently, the connectors
were produced from Beech plywood or Beech LVL with
average density of about 800 kg/m³. The characteristic
shear strength of the Beech material is about four times
as high as the CLT shear strength. Hence, as a first estimate, only 20 % of the joint line is required for the connectors, leaving 80 % for the CLT net shear area. The
CLT specimens were manufactured using an automatic
processing machine in order to minimise production
tolerances.

Two shear keys were used for the connections S2 to S5
and S7 to S10 and four shear keys per meter were used
for connection S6. Three crossed screw pairs keep the
connection S1 together and prevent joint opening perpendicular to the joint line. The connectors S5, S9 and
S10 have a 5° tapered shape and are wedged into the
respective indentations. Thereby the initial connection
slip was minimised. Figure 4 exemplarily shows two
different shear connectors.

Figure 4: Shear connectors made of Beech LVL (left) used in
S2, S6, S7 and made of Beech plywood (right) used in S5
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Compression shear tests
Compression shear tests were performed to determine
the load-displacement behaviour of the shear connections shown in Figure 3 (Figure 5 left). The length of the
specimens parallel to the joint line was 1 m. The specimens are rotated by 10° to the vertical axis of the testing
machine representing the load introduction. Due to this
rotation, a force F90 perpendicular to the joint line results. The dimensions of the CLT members constituting
the specimen are given in Figure 5 right.

nal layer boards were bonded. However, for the edge
bonding a non-structural adhesive is used and hence the
edge glue lines must not be used in the determination of
the in-plane shear strength of the CLT. The cross layers
are not edge bonded. The effective characteristic inplane shear strength of the CLT according to
ETA-11/0210 is hence only fv,k = 1.6 N/mm² for the full
cross-section.
The average gross density of the CLT specimens is
446 kg/m³ (see Figure 6). The moisture content (u) of the
longitudinal layers was estimated using an electrical
resistance meter [6]. The average moisture content was
u = 9.5 % and the COV = 9.6 %.

Joint line

60
n
MEAN
MIN
MAX
s
Median
COV

55

A B

100

Cross layer 20 mm

200 200

45
absolute freuquency

1000

Longitudinal layers
40 mm

50
40
35
30

256
446
401
506
18,3
447
4,1 %

25
20
15
10
5
0

F10
F = F10 x cos(10°)
F90 = F x tan(10°)

Vertical load
Load parallel to joint line
Load perpendicular to joint line

400

405

415

425

435

445 455 465 475
Density in kg/m³

485

495

505

515

Figure 6: Gross density frequency distribution
[mm]

Figure 5: Compression shear test (left) and three-layer CLT
(right)

The relative displacements between the elements A
and B were recorded on both sides of the specimens
using LVDTs. For the evaluation of the loaddisplacement behaviour, the readings of both LVDTs
were averaged. Forces and displacements are related to
the joint line direction. The load of the testing machine
was introduced via steel contact plates.
The first specimen of each series was tested displacement-controlled until failure. For the remaining five
specimens of each series, the load protocol of
EN 26891 [4] was applied. The ultimate load of the first
specimen was used as the estimated ultimate load Fest for
the remaining specimens. The maximum load Fmax was
defined as the maximum load before a relative displacement parallel to the joint line of 12 mm was achieved
(EN 26891: 15 mm). 12 mm was chosen to limit the
inter-storey drift of the walls composed of the CLT elements.
CLT
European softwood (Norway spruce) CLT according to
European Technical Approval ETA-11/0210 [5] was
used for the specimens. The three-layer CLT had a
symmetrical layup (40–20–40 mm) with a total thickness
of 100 mm and a ratio of 4 between the sum of longitudinal layer thickness and cross layer thickness. Due to
aesthetic reasons, the edges between adjacent longitudi-

Beech LVL and Beech plywood
The connectors consist of Beech LVL or Beech plywood [7], see Table 1. Density [8] and moisture content
[9] were determined for a small random sample. Since
the variation of both properties was quite low, a limited
number of readings was considered sufficient. The connectors with higher thickness than 40 mm or 50 mm,
respectively, were produced by gluing several LVL or
plywood layers.
Table 1: Layup of Beech LVL and Beech plywood for the production of the connectors
LVL
Thickness 40 mm
Layup

IIIIIIIIIIIIII
Mean

COV

Plywood
Thickness 50 mm
II–I–IIIII–I–II
(Cross layer ratio ~27 %)
Mean

COV

Moisture content

7.30 %

3.54 %

7.55 %

0.765 %

Density

868 kg/m³

1.95 %

795 kg/m³

1.37 %

I
–

Longitudinal veneer
Cross veneer

2.3 TEST RESULTS
The load-displacement behaviour of the shear connections can be divided into two different types of behaviour: Group 1 (connections S1 to S5) with the connectors
oriented parallel to the joint line shows a rather brittle
behaviour while group 2 (connections S6 to S10) with
connectors oriented perpendicular to the joint line is
more ductile. Table 2 summarises the test results including the governing failure mode.
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Table 2: Mean test results
Series

Fmax

v(Fmax) F(1,2 mm) F(6 mm)

F(12 mm)

Slip Failure
modulus mode
kN/mm
187
1
138
1
48.7
1
130
1
311
1
71.4
2
42.5
3
64.1
4
59.5
4
73.7
4

Group 2

Group 1

kN
mm
kN
kN
kN
S1
135
1.39
115
98.5
S2
84.7
1.64
67.5
42.6
37.3
S3
129
8.10
61,4
114
96.4
S4
209
2.59
101
159
S5
114
0.90
101
64.5
S6
209
9.50
62.0
200
198
S7
119
11.1
42.5
109
116
S8
166
9.95
68.8
150
163
S9
182
11.1
64.0
163
180
S10
150
10.5
76.3
136
148
Mainly CLT shear failure
Connector shear failure and CLT embedding strength failure
Connector bending failure and CLT embedding strength failure
Connector perpendicular to grain compression failure and CLT embedding strength failure

1
2
3
4

compression failure in the contact area between connector and longitudinal layers. Figure 9 shows one connection after the test for test series S1 to S5, respectively.
S1

S2

S4

S5

S3

Load
direction

Figure 7 shows the test results of all test specimens including the 5 %-quantiles of each series.
250
225
200
175

Test No. 1

Figure 9: Group 1 connections after the tests

Fmax in kN

150
125
100
75

Test result

50

Mean

25

5%-Quantile

0

S1

S2

S3

S4

S5
S6
Test series

S7

S8

S9

S10

Figure 7: Load-carrying capacities of CLT shear connections

Group 1
Except S3, the test series in group 1 generally show high
initial stiffness values resulting in high slip moduli, consequently high loads at low deformation levels (see
F(1.2mm)) and a brittle failure after reaching the ultimate
load (see Figure 8).
250
225
200

Load in kN

175
150
125
100
75
50
25
0

S1
0

2

S2
4

6

8

S3

S4

S5

10 12 14 16 18 20 22 24 26 28 30 32 34 36
Displacement in mm

Figure 8: Load-displacement curves of group 1 connections

The governing failure mode was CLT shear failure between the connector end and the end grain of the longitudinal layer. Obviously, the loaded end distance of the
fasteners in group 1 should be increased to change the
failure mode from a brittle shear failure to a ductile

While connections S1, S2, S4 and S5 failed due to a
limited shear capacity of the CLT in plane between the
connector and the end grain, tension perpendicular to
grain stresses occurred in connection type S3 leading to
tensile cracks already at low loads (see Figure 9). These
tensile cracks were caused by the connector geometry.
The tensile cracks weakened the potential shear area,
leading to a decreased shear capacity of the CLT.
Series S4 also showed shear failure of the connector
itself. One specimen only reached a load-carrying capacity of 137 kN, significantly below the other specimens of
this series. The slip modulus of this connection on the
other hand showed the highest value in the series. The
failure modes were similar for all tested connections in
series S4. The early failure of the weakest S4 connection
was due to a progressive failure, caused by production
tolerances. At low loads, there was no contact between
the shear keys in the centre of the connector and the
CLT. These centre shear keys only were loaded after the
end grain area of the CLT had failed in shear.
After brittle shear failure, all group 1 connections
showed a limited remaining load-carrying capacity. The
brittle shear failure mainly occurred in the end grain
shear area (see Figure 10 left).
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Group 2
The group 2 load-displacement curves showed a rather
ductile behaviour with plastic deformation at high load
levels (see Figure 12).
250
225
200
175

Load in kN

150
125
100
75
50
25
0

S6
0

2

S7
4

6

8

S8

S9

S10

10 12 14 16 18 20 22 24 26 28 30 32 34 36
Displacement in mm

Figure 12: Load-displacement curves of group 2 connections

Figure 10: Shear failure in the end grain shear area

In most cases, a displacement of 12 mm was reached
without significant load decrease. The most prominent
failure mechanism is perpendicular to grain compressive
failure of the connectors. Connectors in series S7
showed connector bending failure. Both failure modes
occurred simultaneously with embedding failure of the
CLT longitudinal layers. Figure 13 shows one connection after the test for test series S6 to S10, respectively.
S6

S7

S8

Figure 11: Shear failure in the end grain shear area of the
longitudinal layers (left) and subsequent loading of the cross
layer (right)

The remaining load-carrying capacity after the brittle
shear failure could be explained by the following mechanism: due to the higher stiffness of the longitudinal
layers before the first shear failure, the load is transferred
nearly completely from the connector into the end grain
surfaces of the CLT longitudinal layers (FI). After the
sudden shear failure within the longitudinal layer, two
possible load paths remain: part of the load is transferred
from the longitudinal layers via rolling shear into the
cross layer (FI), another part into the contact area of the
cross layers perpendicular to the grain (FII). The shear
capacity of the cross layer explains the remaining shear
capacity after first brittle failure.

S9

S10

Figure 13: Group 2 connections after the tests

Strengthening or rope effects were not observed. The
slip moduli – both single test values and average per
series – are shown in Figure 14. The conical connectors
S5 wedged into the indentations reach an average slip
modulus 300 kN/mm.

Slip modulus in kN/mm
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250
225
200
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creases and simultaneously the calculated shear capacity.
In short-term tests the characteristic in-plane shear capacity according to [5] is hence conservative.

Test result
Mean

Test No. 1

S1

S2

S3

S4

S5
S6
Test series

An increased length of the end grain shear area (see
Figure 10) would postpone the brittle failure due to longitudinal shear of the outer layers. This could lead to a
change in failure mode from a brittle shear to a ductile
compression perpendicular to grain or embedment failure as observed in series S6 to S10. This effect will be
looked at in the next experimental phase.
S7

S8

S9

S10

Figure 14: Slip moduli of CLT shear connections

2.4

DISCUSSION

Contact joints
The shear capacity of a CLT wall composed of several
elements is the minimum of the CLT shear capacity and
the connection capacity. In the following, the loadcarrying capacities of the different shear connections are
compared to the in-plane shear capacity of the CLT. The
in-plane shear capacity of the CLT is based on the gross
cross-section and unbonded edges of both the longitudinal and the cross layers. The characteristic shear capacity
of the CLT according to [5] is defined as 100 % (equation 1). Figure 15 shows the characteristic load-carrying
capacities of the 10 tested contact joints as a percentage
of the characteristic CLT shear capacity.
Rk,CLT = fv,k ·Av,gross,cross = 1.60·100·1000 N
Rk,CLT = 160 kN ≙ 100 %

Nailed connection
In order to compare the test results of contact joints, a
traditional nailed connection (V) was also tested up to
failure. It consisted of two CLT elements, recessed on
one surface, respectively, a fitting strip of OSB/4 [11]
and a nailed connection 3.1 x 80 mm with one shear
plane, see Figure 16. The member and connection length
was also chosen as 1 m. The failure mode of the nailed
connection was ductile, plastic hinges developed in the
nails. The average results are summarised in Table 3.
The nailed splice joint shows significantly lower loadcarrying capacity and stiffness than the contact joints S1
to S10. The ratio between the characteristic loadcarrying capacity of the nailed connection and of the
CLT gross cross-section is only 8 %. Even with a nail
spacing of 50 mm instead of 125 mm, this percentage
would only increase to 20 %.

(1)

120%
110%
100%
90%
80%
70%
60%
50%
40%
30%
20%
10%
0%

S2

S5

S3

S1

S7
S8
Test series

S4

S10

S9

S6

Figure 15: Ratio of the characteristic load-carrying capacity
of shear connection and CLT

The average contact joint capacity is about two third of
the CLT’s capacity. The weakest connection S2 reaches
36 %, the strongest connection S6 even 112 % and is
hence stronger than the in-plane shear capacity of the
CLT members. Nevertheless, a failure of CLT in shear
outside the connection area was not observed. The reason for this is the non-structural edge gluing of the longitudinal boards for aesthetic reasons. If edge gluing is
considered in the determination of the CLT’s shear capacity (see e.g. [10]), the outer layer board width in-

Figure 16: Nailed splice joint
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The connector thickness defines the eccentricity e of the
force F in the connection. The tilting moment hence is
Mtilt = F · e. The stabilising moment Msta follows from
the contact forces T perpendicular to the joint line:

20,0
17,5

Load in kN

15,0
12,5
10,0

!
2
3 t
t
M tilt = M sta  F  = T   L  T = F  
2
3
4 L

7,5

(2)

5,0
2,5
0,0

0

2

4

6
Displacement in mm

8

10

12

Figure 17: Load-displacement curves of nailed splice joints
Table 3: Mean test results of the nailed connection (V)
Series

V

Fmax v(Fmax) F(1,2 mm) F(6 mm) F(12 mm) Slip modu- Failure
lus
mode
kN
mm
kN
kN
kN
kN/mm
Plastic
14,1 12,0 5,81 9,92 14,1
2,78
hinges

2.5 TILTING AS A POSSIBLE FAILURE MODE

For the S2 connection the tilting force T results as
T = 0.19 x F. T forces the CLT elements apart and in a
wall or floor needs to be transferred by additional fasteners. Interlocking connectors as S3 or S5 or connectors
oriented perpendicular to the joint line as S6 to S10
avoid tilting forces perpendicular to the joint line and the
need for additional fasteners.
Figure 19 shows the assumed 3D contact stress distribution for the shear key. It is based on the simplifying
assumption that no contact stresses are transferred perpendicular to the grain (E90 ≈ 0). The consequent bending stresses in the connector – as well as the shear stresses in the connector – need to be considered separately.

A possible failure mode for indirect contact joints with
connectors oriented parallel to the joint line is tilting of
the connector. Tilting is a sudden failure if no measures
are taken to prevent forcing apart the two CLT members.
Figure 18 left shows tilting failure in an S2 connection.
F

e

Contact stresses in
CLT cross layer

L

t
2/3 x L

T

Contact stresses in
CLT longitudinal
layer

T

Figure 19: Loaded shear key and assumed 3-D contact stresses

3 SUMMARY
F
F Resulting contact stresses

Figure 18: Tilted shear key causing failure in an S2 connection
(left) and 2D-model (right)

The tilting force is estimated using an analytical model
with simplified contact stress distribution (Figure 18):
– 2D-model; equilibrium in undeformed state (1st Order
theory),
– Constant contact stresses parallel to the joint line in the
end grain surfaces of the longitudinal layers (plasticised CLT longitudinal layers parallel to grain),
– Linear contact stress distribution perpendicular to the
joint line in the end grain surfaces of the cross layer
(linear elastic CLT cross layers parallel to grain).

Different contact joints in the edges of CLT elements for
in-plane loading were developed and the behaviour of
the connections was experimentally studied. In this contribution, 10 different contact joints without metallic
fasteners under static loads are presented.
Most contact joints are simple in geometry and hence are
easy to manufacture. The characteristic load-carrying
capacity of these connections is between 36 % and
100 % of the characteristic in-plane shear capacity of the
CLT elements. Further refining and modification of the
connection geometry as e.g. loaded end distance in the
CLT members could prevent brittle failure and could
lead to even higher load-carrying capacities maintaining
very high connection stiffness. Here, further numerical
and experimental studies will follow. Some of the contact joints show ductile load-slip behaviour.
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Apart from requirements such as load-carrying capacity,
stiffness or cost-effectiveness for connections and buildings, the robustness needs to be considered as well [12].
Progressive failure should be excluded as far as possible.
Connections may contribute to load redistribution in
structures and hence to an increased robustness, if they
behave in a ductile manner.
Beech LVL or Beech plywood seem to be a very suitable
material for the wood-based connectors. A similar behaviour is expected for LVL or plywood made of Radiata Pine.
As a next step, the behaviour of the studied contact joints
in wall or floor members of structural size will be further
studied. Additionally, joints with newly developed metallic fasteners as well as the cyclic behaviour of contact
joints will be looked at in detail. The tilting forces need
to be quantified and easy solutions for the transfer of
these forces will be developed.
The presented outcomes in this article show, that today’s
automatic processing machines for wood-based materials
allow an easy production of very efficient shear connections for CLT members.
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EMPLOYING SUPER ELASTIC ALLOY TO ENHANCE THE DAMPING
AND RE CENTRING CAPACITY OF A SINGLE BRACKET UNIT IN
TRADITIONAL TEMPLES IN ASIA
W njun Xi 1, W n Shao Chan

2

ABSTRACT: The traditional timber structures are widely distributed in Far East area of Asia. They need to be protected
both thoroughly and with some urgency since their great historical significance and they are seriously damaged by the
seismic activities. Bracket complex is the primary component of traditional timber structures. The conventional
connection of Dou and its lower structure is a wood peg. However, the wood peg connections have low strength and
stiffness, and would be pulled out from the peg hole by the horizontal loads.
This work developed a mechanism by using high strength steel or super-elastic alloy bars to replace conventional wood
peg connection in order to enhance the strength and stiffness of the bracket complex system. Both metal bar connections
could increase the strength of the structure significantly. In the first loading cycle, the Dou with high strength steel bar
connection and super-elastic alloy bar connection can get 35% and 15% equivalent damping ratio respectively. After that,
it drops to 5% when the Dou connect by high strength steel bar and remains above 12% by using super-elastic alloy bar.
The pre-strain of super-elastic alloy bar can give a relative higher but not remarkable equivalent damping ratio of Dou.

KEYWORDS: Traditional timber structure, Bracket complex, Super-elastic alloy, Damping, Re-centring

1 INTRODUCTION 123
Traditional timber structures such as temples, traditional
palace halls and estates are widely distributed in Japan,
Taiwan and China. Because of their great historical
significance, they need to be protected both thoroughly
and with some urgency as most locations of traditional
timber structures also match the seismic belts in Asia [1].
The traditional timber structures have already shown a
better anti-seismic performance with a relatively higher
damping ratio than other structures [2].
The primary component of traditional timber structures is
the bracket complex that is composed mainly of the Dou
(斗), Gong (拱) and Ang (昂) elements (Figure 1). The
bracket complexes are located in-between the junction of
a column and beams to support the beams and transmit the
vertical loads of the upper structure and the roof to the
columns which are then transferred to the foundation. Dou
is a quadrate timber element with a cross, and Gong and
Ang are the knuckle timber elements which can fit into
the groove of the Dou. Dou sits on the through beams or
the top of a column, and wood pegs are used to connect
them.

1
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2nd level Gong

2nd level Dou
Ang
Gong

Base Dou
Figure 1:

etails o

racket comple system

A bracket complex static test [3] has discovered four
stages of the stiffness of the bracket complex (Figure 2).
A constant vertical load was applied on top of the roof,
and the horizontal load increased gradually until the
failure of the structure. During the initial period of
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applying horizontal load, there was little displacement on
the connections and the structure started to slip. Then the
structural stiffness increased rapidly when enter to the
elastic stage and remain constant until reaching the yield
point. At this stage the wood peg connection began to bear
the shear and flexural moments. The wood peg at the side
columns started to be pulled out as the load increased to
the limitation, referred as the plastic stage. After that, the
structural stiffness decreased under the ultimate load until
the final collapse.

Figure 2: ailure iagram o the tim er structure mo el
al ,

u, et

Fujita et al. [4] has also performed a bracket complex
static test individually, and found that the bracket
complex has four stages of stiffness. The major horizontal
deformation occurred due to the rotation of base Dou in
the region of the initial stiffness. The sliding of the bracket
complex has been observed when the horizontal load
exceeded the frictional capacity between the elements.
This resulted in the second stiffness.
Although the bracket complex system has a nature of selfcentring and can withstand large deformations, many
historical buildings still experience seriously damages or
collapses during seismic activities because of its low
strength and stiffness. During the 1999 Chi-Chi
earthquake in Taiwan, 45% of traditional timber
structures were seriously damaged and 48% collapsed [5].
Thus, this work aims to develop a mechanism by using
metal bars to replace conventional wood peg connection
in order to enhance the strength and stiffness of the
bracket complex system.
2

2.1 SPECIMENS PREPARATION
Two full-scaled models that imitate the two different
shapes 2nd level Dou were made by GL28h. The top plans
and elevations of both Dou are shown in Figure 3.

Figure 3: a
plan o ou

op plan o ou
le ation o ou

le ation o

ou

c

The Dou were connected to a timber block with the
dimensions of 400×250×200mm by three different
materials (wood peg, high strength steel bar and superelastic alloy bar), respectively. The timber block were
fixed by two 20 mm threaded bolts to the strong floor
which can be assumed as rigid base.
For the metal bar connections, an inserted connector with
threads was fix into the timber block by epoxy. A hole has
been drilled through the centre of both Dou to install the
metal bar. A 50mm diameter washer was used to bear the
pre-strain load. The ball joint gave a pin joint on top end
of the metal bar allowing the Dou to rotate. The set-up and
detail drawing of the mechanism can be seen in Figure 4
and Figure 5.

Ball joint

STATIC TEST OF SINGLE BRACKET UNITS

This section introduces a series of static tests for a single
Bracket unit of 2nd level Dou that shows in Figure 1. It is
originally from an ancient structure in Sichuan province
in China. Previous researches show that conventional
wood peg connections have low stiffness and strength,
and would be pulled out from the peg hole by the
horizontal loads. To resist the seismic activities, the
traditional structures should have the ability to dissipate
the large amount of seismic energy, self-centring force
and increase the stiffness of the structure. So super-elastic
alloy has been applied to this study due to its re-centring
capability, energy dissipation capacity and it has much
higher stiffness than wood.

op

Metal bar

50mm washer

The inserted connector

Figure 4: et up o the metal ar connection
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2.2 MATERIALS FOR THE CONNECTION
The Dou and the timber block were connected by a cuboid
wood peg, high strength steel bar or a super-elastic alloy
bar, see Figure 6. The size of the cuboid wood peg is
26×26×52 mm. The gauge diameter was 6 mm and length
was 60 mm for both high strength steel and super-elastic
alloy bars. 8 mm and 12 mm threads were applied on top
and bottom ends of the metal bars, respectively.
Wood peg

High strength
steel bar

et inne
artensite

Super-elastic
alloy bar

stenite
Loading

ding
Loa

Unloading

Af

Loading

Mf

T inne
artensite

Unloading

et inne
artensite

Shape memory effect

Figure 6: he materials o three i erent connections

2.2.1 Wood
onn tion
Wood pegs are the conventional connections used in the
traditional timber structures to connect the components in
the bracket complexes. Dovetail and flat cut are two
different wood peg connections. When the connection is
dovetailed, the rotational stiffness and pull out force are
not affected by the vertical load, whereas the pull out force
is dependent on the vertical load with the flat cut
connection [1]. In this research, flat cut wood peg
connection has been employed. The width of wood pegs
was one fifth the width of the groove. A cubic hole with
width of 26 mm were chiselled out in both bottom of the
Dou and top of the timber block to install the wood peg.
2.2.2 Su r lasti alloy ar onn tion
To enhance the structural behaviour of the bracket
complex system, a super-elastic alloy bar has been
employed to replace the wood peg connection. Super-

Heating

g
olin
Co

As
Ms

a

Heating
Shape memory effect

ding
Loa

g
din
loa
Un

et inne
artensite

Superelasticity effect

Un
loa
din
g

Figure 5: etails ra ing o metal ar connection

elastic alloy is a metallic material with two main crystal
phases, martensite and austenite which depend on
temperature and external stress the material is working.
The former phase is the low temperature phase whereas
the latter one is the high temperature phase. There are four
temperatures referring to the phase transformation, M f,
Ms, As and Af in an ascending order. Ms and Mf are the
start and finish temperature points of the martensite phase,
and As and Af are the start and finish transformation
temperatures from martensite phase back to austenite
phase [6]. Super-elastic alloy is regarded as smart material
because of its two remarkable mechanisms, the shape
memory effect and super-elasticity effect. Apparently
super-elastic alloy is well-known due to its shape memory
effect that crystal structure of super-elastic alloy will
transfer from twinned martensite to detwinned martensite
by applying external stress in the temperature range of Ms
and Mf. If heat the temperature above Af, the crystal
structure will become austenite phase. Reversely, it will
come back to its original phase after reduce the
temperature below the Ms. However, if the material is
always in the environment with a temperature above A f,
the inter-conversion between the twinned martensite and
austenite phases will occur under loading-unloading
condition and this is referred as super-elasticity effect of
super-elastic alloy. Super-elastic alloy can obtain a large
elastic strain up to 8% [7]. The nature of super-elastic
alloy was schematized in Figure 7.

Superelasticity effect

Figure 7: he i erent phases o
in i erent temperature,
an its relation ith the shape memory an superelasticity
e ects

The super-elastic alloy bars used in this research have the
chemical composites that measured by a Scanning
Electron Microscope of copper = 81.84wt%, aluminium =
7.43wt% and manganese = 10.73wt%. The transformation
temperature, Af, is -39℃; much lower than the normal
ambient temperature that gives a stable superelastic
behaviour to the material.They were provided by
Furukawa Techno Material Co., Ltd., Japan.
Not only the super-elastic alloy bars but also high strength
steel bars have been used to replace the wood peg
connection. The high strength steel bar has an ultimate
tensile strength of 720MPa.
2.3 EXPERIMENTAL PROGRAMME
To simulate the weight of the roof that supported by the
bracket complex system, the vertical loads of three
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different load levels (1kN, 1.75kN and 2.5kN) have
applied on top of the specimen which were comprised of
steel blocks and plates. The specimen was rotated around
point A (Figure 8) by applying a lateral load at a height of
200 mm to the bottom surface of Dou A and Dou B
(Figure 3) using a jack. It recovered to its original position
when the lateral load was released. The trajectory of the
specimen which rotates to 0.1 radians and recovers to its
original position is defined as one loading cycle. The
specimens were tested under static cyclic loadings. Four
vertical LVDTs were used to record the rotation of the
Dou, and two horizontal LVDTs were used to record the
horizontal displacement of the specimen (Figure 8). There
were six cases of the experiments which are listed in Table
1.

Figure 8: oa ing apparatus
Table 1:

perimental cases

Case 1
Case 2
Case 3
Case 4
Case 5
Case 6

3 RESULTS AND DISCUSSION
3.1 ELEMEMT DOU WITH CONVENTIONAL
WOOD PEG CONNECTION
The specimens with wood peg connections have been
tested for one loading cycle with 0.2 radians rotation. The
hysteresis loops for both Dou A and Dou B (Figure 9 and
Figure 10) illustrated the non-linear stiffness of the Dou
with conventional wood peg connection. Three stages
stiffness of the structure could be discovered from the
hysteresis loops. The first stiffness is the elastic stage in
which it has slightly rise with the vertical loads. It entered
to the plastic stage with the second stiffness when the
lateral loads bigger than the yield load of the structure.
The ultimate strength and the second stiffness of the Dou
has increased significantly with the vertical loads. Dou A
and Dou B behaved the same but Dou A has a higher
ultimate strength than Dou B. Most of the lateral loads
were overcoming the dead loads and then start to drop
after the lateral loads reach limit load of the structure. The
wood peg has been pull out from the chiselled hole and
then the Dou stuck in the hole after lateral loads removed.
The Dou tipped over finally by the lateral loads which
matches the previous research [3]. Higher vertical loads
would make a greater contribution to the P-Delta effect
which results in a lower third stiffness of the Dou. The
Dou tips over at a smaller rotational angle with higher
vertical loads. Dou A has slightly higher ultimate strength
than Dou B when using wood peg connection.

Dou A under 1kN vertical loads
Dou A under 1.75kN vertical loads
Dou A under 2.5kN vertical loads
Dou B under 1kN vertical loads
Dou B under 1.75kN vertical loads
Dou B under 2.5kN vertical loads

In addition to the non-prestrain condition for both metals,
the super-elastic alloy bars have also been pre-strained by
stretching along the axis to 1%, 3% and 5% strains using
a nut. Table 2 has listed all the tests have been done.

Figure 9: he hysteresis loops o
connection

ou

ith

oo

peg

Figure 10:
connection

ou

ith

oo

peg

Table 2: Experimental conditions

Connection Materials
Wood peg
High strength steel bar
Super-elastic alloy bar
Super-elastic alloy bar
with 1% pre-strain
Super-elastic alloy bar
with 3% pre-strain
Super-elastic alloy bar
with 5% pre-strain

1kN

1.75kN
1 cycle
5 cycles
5 cycles

1 cycle
5 cycles
5 cycles

5 cycles

5 cycles

5 cycles

5 cycles

5 cycles

5 cycles

5 cycles

5 cycles

5 cycles

1 cycle
5 cycles
5 cycles

2.5kN

he hysteresis loops o
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3.2 ELEMENT DOU WITH HIGH STRENGTH
STEEL BAR CONNECTION
Both Dou with high strength steel bar connection have
been tested for 5 loading cycles with 0.1 radians rotation.
Figure 11 and Figure 12 have shown the hysteresis loops
for Dou A and Dou B, respectively. Generally, the
structures have two stages of stiffness which entered from
elastic to plastic deformation when the Dou has about 0.05
radians rotation. The high strength steel bar connections
can dissipate a big amount energy in the first loading
cycle, and have permanent deformations after that. The
strength of the steel became less than 10% of its original
ultimate strength. The ultimate strength of the structure is
independent to the vertical loads.

Figure 11: he hysteresis loops o
steel ar connection

ou

ith high strength

Figure 13:
ui alent amping ratios o
strength steel ar connection

ou

ith high

Figure 14:
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strength steel ar connection
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3.3 ELEMENT DOU WITH SUPER ELASTIC
ALLOY BAR CONNECTION

Figure 12: he hysteresis loops o
steel ar connection

ou

ith high strength

Equivalent damping ratio is a ratio that estimates the
energy dissipation capacity of a structure. The equation
used to work out the equivalent damping ratio is:
𝐴ℎ
𝐸𝑞𝑢𝑖𝑣𝑎𝑙𝑒𝑛𝑡 𝑑𝑎𝑚𝑝𝑖𝑛𝑔 𝑟𝑎𝑡𝑖𝑜 =
(1)

Figure 15 and Figure 16 illustrated the hysteresis loops of
Dou A and Dou B with super-elastic alloy bar connection
under three different vertical loads. They have
experienced 0.1 radians rotation for five loading cycles.
There is no significant change in the hysteresis loops
within five loading cycles. This indicates that the energy
dissipation capacity of Dou with super-elastic alloy bar
connection almost remains the same. Four stages of
stiffness of the structures could be gathered from the
hysteresis loops. The first two stiffness of the Dou A
happened within 0.01 radians rotation and entered to the
super-elastic stage when the Dou has approximate 0.04
radians rotation. For Dou B, the structure transited to the
super-elastic stage at 0.05 radians rotation. The loops of
Dou B is smaller than Dou A.

4𝜋×𝐴𝑒

where h = energy dissipation per loading cycle and e =
elastic strain energy.
Figure 13 and Figure 14 clearly showed that both Dou
have a high equivalent damping ratio around 30% in the
first loading cycle. They have dramatic reductions to 5%
at second loading cycle and decrease steadily and gently
after that. The equivalent damping ratios are independent
to the vertical loads that applied onto the structures when
connected with a high strength steel bar. Dou A and Dou
B has insignificant differences in ultimate strength and
equivalent damping ratio when connected by high
strength steel bar.

Figure 15: he hysteresis loops o
alloy ar connection

ou

ith super-elastic
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Figure 16: he hysteresis loops o
alloy ar connection

ou
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The equivalent damping ratios of Dou A and Dou B with
super-elastic alloy bar connection have reduced
marginally from the first to the second loading cycle. And
then remain constant in the second to fifth loading cycles.
Figure 17 also demonstrated that the equivalent damping
ratios decreases with increasing vertical loads that applied
on top of Dou. It means that a heavier roof will give a
lower equivalent damping ratio of Dou A and Dou B. Dou
A has a better energy dissipation capacity than Dou B.

drop until the wood peg has been pulled out from the
chiselled hole. Finally, the structure collapsed.
Figure 19 illustrated that Dou A with high strength steel
bar connection in the first loading cycle has the highest
elastic stiffness and the possible ultimate load is about 10
times the conventional wood peg connection. This
ultimate load is nearly double of that with the super-elastic
alloy bar connection. The area within the hysteresis loop
of Dou A with high strength steel bar connection is much
larger than that with the other two connections in the first
loading cycle. This indicates that the most energy was
dissipated during this period. However, in the second
loading cycle, the stiffness of Dou A with high strength
steel bar connections reduced dramatically to a value that
even lower than the Dou with conventional wood peg
connection. No significant change could be obtained in
both stiffness and ultimate strength of Dou with superelastic alloy bar connection from first to second loading
cycles.

Figure 19: he hysteresis loops o ou
connections un er
k ertical loa s

Figure 17:
ui alent amping ratios o
elastic alloy ar connection

ou
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Figure 18:
ui alent amping ratios o
elastic alloy ar connection
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3.4 COMPARRISON OF CONNECTIONS WITH
THREE DIFFERENT MATERIALS
From the results shown above, it can be clearly seen that
Dou with metal bar connections have a greater ultimate
strength than Dou with conventional wood peg
connections. The Dou with conventional wood peg
connections reached the limit load at the Dou with only
0.02 radians rotation and the structure stiffness started to

ith three i erent

Element Dou with high strength steel bar connection can
get 35% equivalent damping ratio in the first loading cycle
but drop to 5% after the second loading cycle since the
permanent deformations of the steel bar. Over 15%
equivalent damping ratios could be get by the element
Dou with super-elastic alloy bar connection in the first
loading cycle and they have insignificant reduction in the
second loading cycle. The equivalent damping ratio of the
structure could always stay above 12% in the first five
loading cycles when connected with a super-elastic alloy
bar.
Several aftershocks usually occur after the main shock has
passed in an earthquake which requires the connections
having stable damping ratio to dissipate energy during the
aftershocks as well. The high strength steel bar
connections have very low equivalent damping ratio and
small resistance to the Dou during the aftershocks since
they would had permanent deformations in the main
shock. Thus, the super-elastic ally bar connection is a
better substituent of the conventional wood peg
connection.
3.

THE EFFECTS OF SUPER ELASTIC BAR
CONNECTIONS WITH DIFFERENT LEVELS
OF PRE STRAIN

The previous material tensile tests have indicated that prestrain of the super-elastic alloy could get a higher ultimate
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strength and dissipate more energy than the non-prestrain
materials. Thus, pre-straining has been applied to the
super-elastic alloy bar connection of element Dou.
Figure 20 to Figure 25 have illustrated how the hysteresis
loops change with the pre-strain level of super-elastic
alloy bar in six cases. The pre-strain gives the structure a
higher initial elastic stiffness than non-prestrain
conditions. So the structure could dissipate more energy
when the rotation is less than 0.04 radians. Element Dou
with pre-strained super-elastic alloy bar connection has
two stages of stiffness, while non-prestrain conditions
have four stages of stiffness. The super-elastic alloy bar
already sits in the super-elastic deformation range when it
has been pre-strained, while it needs to undergo the elastic
deformation firstly without pre-strain. In case 1, case 2
and cases 4 to 6, there is no significant increase in the
ultimate strength of the structure when the super-elastic
alloy bar has 1% pre-strain. But perceptible growth in the
ultimate strength of the structure can be seen when the
super-elastic alloy bars have been pre-strained to 3 and 5
percentage strains. The increase in vertical loads has no
noticeable effect on the structures.

Figure 22: he hysteresis loops o ou
ith super-elastic
alloy ar connection un er
k ertical loa s

Figure 23: he hysteresis loops o ou
ith super-elastic
alloy ar connection un er k ertical loa s

Figure 20: he hysteresis loops o ou
ith super-elastic
alloy ar connection un er k ertical loa s

Figure 24: he hysteresis loops o ou
ith super-elastic
alloy ar connection un er
k ertical loa s

Figure 21: he hysteresis loops o ou
ith super-elastic
alloy ar connection un er
k ertical loa s

Figure 25: he hysteresis loops o ou
ith super-elastic
alloy ar connection un er
k ertical loa s

The increase in the pre-strain level of the super-elastic
alloy bars will not result in a steady growth of the
equivalent damping ratios for neither Dou A or Dou B.
Only in case 3 and case 4, the equivalent damping ratios
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of the structure have a tiny reduction when the superelastic alloy bar has been pre-strained to 1% strain. There
were significant increases in the equivalent damping
ratios of the structure with 3% pre-strain super-elastic
alloy bar connection except case 2. In all cases, the
equivalent damping ratios of the structure increase when
the pre-strain level of super-elastic alloy bars increase to
5% strain. In general, the pre-strain of super-elastic alloy
bar can give a higher equivalent damping ratio of Dou A
and Dou B.

Figure 26:
ui alent amping ratios o
straine super-elastic alloy ar connection

ou

ith pre-

conventional wood peg connection. The Dou with superelastic alloy bar connections have lower ultimate strength
and stiffness than the high strength steel bar connection in
the first loading cycle. But the hysteresis loops of Dou
with super-elastic alloy bar connections have insignificant
changes in the first 5 loading cycles. Over 15% equivalent
damping ratios could be get by the element Dou with
super-elastic alloy bar connection in the first loading cycle
and always stay above 12% in the first 5 loading cycles.
So the equivalent damping ratios of Dou with superelastic alloy bar connections remain constant and can give
a stable energy dissipation capacity during seismic
activities. The Dou have good re-centring capability when
connect with both high strength steel bar and super-elastic
alloy bar connections.
Pre-straining of the super-elastic alloy bar connection can
give the structure a higher initial stiffness than the nonprestrain super-elastic alloy bar connection which can
dissipate more energy under small rotations. The ultimate
strength increases when the super-elastic alloy bar be prestrained to 3% and 5% strain. In general, the pre-strain of
super-elastic alloy bar can give a relative higher but not
remarkable equivalent damping ratio of Dou A and Dou
B.
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ADHESIVELY BONDED STEEL CONNECTORS FOR MOULDED WOODEN
TUBES IN SPATIAL TRUSS STRUCTURES
Benjamin Hahn1, Peer Haller2
ABSTRACT: Moulded wooden tubes are the result of an innovative thermo-hygro-mechanical shaping process that is
based on the formability of densified timber when exposed to moisture and heat. The tubes combine both an efficient use
of the material and an optimized structural performance with regard to its moment of inertia and weight. Ongoing research
of the Institute for Steel and Timber construction aims for an application of such elements in the construction of a spatial
truss tower structure used for the support of small wind power plants. This paper addresses the conception and the design
of adhesively bonded connections that were developed in order to attach steel connectors to the moulded wooden tubes
within those truss structures. For this purpose, load capacity tests on small scale samples of the final connector were
carried out. Furthermore a test setup used for the mechanical characterisation of the interface is presented. The obtained
experimental data is implemented in a numerical strength prediction. Finally the results are compared with the
experimental test results.
KEYWORDS: Moulded wooden tubes, wind power plants, steel connectors, adhesive bonding, numerical strength
prediction

1 INTRODUCTION
1.1 MOULDED WOOD TUBES
Moulded wood profiles are formed from edge-glued
panels made of densified wooden slats. This procedure
becomes possible due to a softening of the cell wall
material under the influence of moisture and heat [1]. As
it is the case for I-beams or hollow sections in steel
construction, the material can be arranged at the positions
of the cross section where it is most effective in terms of
stiffness and capacity. Compared to massive solid cross
sections, that are used mostly in timber construction, a
weight-efficient application of the material becomes
possible and up to 70% of the raw material can be saved
[1]. The result is a very lightweight structural element
with high load bearing capacity, which is mainly made of
a renewable sustainable material. An almost optimal ratio
of load capacity and tare weight is achieved by round
tubular cross sections, as they are developed and studied
for several years at the Institute of Steel and Timber
Construction at the Technical University Dresden (TUD).
These tubes can be produced having any imaginable
diameter, the wall thickness should not exceed one fourth
of the final radius. By the addition of a small amount of
an external layer of fibre reinforced polymers (FRP) the
compressive strength of the tubes can be increased
significantly. Possible applications for tubular cross
sections made of moulded wood are particularly seen in
form of rod-shaped construction elements in truss or
lattice structures.
1
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Figure 1: Screwed connections between moulded wooden tubes
and steel connectors used in a pilot project of a small wind
power plant

Therefore ongoing research aims to use moulded wooden
tubes for the construction of a 30 m high truss structure
that will be used for the support of a 10 kW wind power
plant. Engineers expect to obtain an improved damping
behaviour in comparison to steel profiles that are normally
used for such structures.
1.2 JOINING TECHNIQUES
The intended structure is composed of three vertical
straight corner bars made of moulded wooden tubes. The
horizontal and diagonal crossbars will be connected to
tubular steel connectors that are used for the extension of
the wooden tubes, limited at a maximum length of 3 m at
the moment. For this extension a suitable connection
between wood and steel tubes has to be developed.
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Figure 2: Preliminary experimental setup for the fabrication of
the bond consisting of an acrylic glass tube that represents the
steel connector

Today basically two different types of solutions are
available. The first consists of pin shaped metallic
connectors such as screws, bolts or nails. A bolted joint
between wood tube and steel connector achieved by
means of wood screws has already been applied in a pilot
project of a small wind turbine [2]. Fig. 1 shows the steel
parts used in order to connect the elements to a bundle of
tubes of 9 m length. Instead of a few thick bolts a lot of
small screws with a small diameter had to be used due to
the very thin wall thickness of the timber cross section,
which caused an enormous amount of work during the
assembling. Therefore ongoing research focusses on an
alternative solution using adhesives in order to achieve the
bond between the wooden tubes and the steel connectors.
Adhesive bonds are characterized by a high load bearing
capacity and high stiffness in comparison to metallic
connectors. In addition a weakening of the thin crosssection by predrilled holes or notches can be avoided.
Today a high variety of high-performance adhesives is
available for engineers, the properties of these adhesives
can be adapted to the particular challenges of the
application [3]. Recent research showed good results for
the structural strength of adhesively bonded joints
combining timber and steel [4]. However, in civil
engineering glued connection are not applied to a large
extent. This is mainly due to the brittle failure behavior of
the joints and a lack of precise calculation methods that
allow for a prediction the specific failure behaviour of the
joint.

around flaws can be redistributed, leading to plastic
deformations of the sample. In brittle materials however,
a redistribution of the stress concentrations is not possible
which causes immediate failure of the whole sample,
when the maximum stress state at the position of the flaw
is attained. The probability of appearing of critical flaws
increases with increasing sample size. A statistical theory
for size effects of brittle materials has been introduced by
Weibull [9] and furthermore developed by, among others,
Freudenthal [10], and more recently by Bažant [11]. A
probabilistic approach of strength prediction based on this
theory has already successfully been applied on
adhesively bonded steel plates in timber trusses [4].
Further studies on linearly loaded fiber reinforced
polymers (FRP) [6], glued timber lap joints [5] as well as
friction welded wood interfaces [12] also showed good
accordance with the experimentally determined data.

2 EXPERIMENTALINVESTIGATIONS
2.1 MATERIAL
In the beginning of this study a suitable adhesive that
fulfils the different requirements for this structural
application had to be selected. These requirements
consisted in the following points: gap filling ability,
sufficient viscosity for the filling, temperature and water
resistance, low modulus of elasticity, high resistance and
durability even under dynamic loads. A two component
polyurethane adhesive (Collano RP3007) well fits the
required properties and was used for all the investigations
presented herein.

1.3 NUMERICAL STRENGTH PREDICTION
Failure of adhesively bonded joints often occurs in a
sudden and brittle manner when the maximum load
capacity of the very stiff connection is attained.
Additionally in most cases no plastic deformation prior to
rupture is observed [4,5,6]. Such brittle failure mode, like
it was already observed in preliminary tests prior to this
study, is usually associated with an important scattering
of the mechanical resistance as well as a significant size
effect, the latter describing a dependency of the nominal
material strength of the joint with the size upon which it
has been determined. This phenomenon, already
described by Leonardo da Vinci in the 16th century, was
rationalized by researchers as being related to the
presence of microscopic flaws within a specimen or
structure [7,8]. In ductile materials stress concentrations

Figure 3: Illustration of the Arcan test device used for the
characterisation of the interface strength for combined shear (ϕ
= 0°) and tensile stresses (ϕ = 90°).
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For the production of the tubes high quality plane panels
made of previously densified spruce boards were used.
The process parameters for the densification were fixed at
a Temperature of 140°C and a pressure of 4.5 N/mm² in
order to obtain a level of densification of 33%.
Subsequently the boards were cut into lattices with a
thickness of 22 mm, which in turn were adhesively
bonded in the direction of compression. The resulting
panels were planed to a thickness of 20 mm.
2.2 TUBULAR CONNECTIONS
Moulded wooden tubes with an outer diameter of 150 mm
were formed from the densified panels after being
exposed to a hot and humid environment (T = 100°C,
RH = 100%) for 45 minutes. The end of the tube was
trimmed to an outer diameter of 145 mm along a distance
of 110 mm, which was bonded to a standardized 159x5
tubular steel profile with an inner diameter of 149 mm
along an overlap length (OVL) of 100 mm. The gap of
2 mm was filled through a predrilled hole in the steel tube
by means of a cartridge gun, as illustrated exemplarily
with an acrylic glass tube in Fig. 2. The samples were
tested in a WPM Leipzig compression test device shown
in Fig. 3. Due to geometrical limitations of the test device
and a limited amount of adhesive material that was
available for the investigations only two samples with an
overlap length of 120 mm were tested additionally. A
vertical pressure load was increased at a loading speed of
2 mm/min until a sudden and brittle failure of the
specimen. The samples with an overlap length of 100 mm
failed in average at a maximum load of 283 kN with a
standard deviation of 44 kN corresponding to 16%.

Figure 4: Illustration of the Arcan test device used for the
characterisation of the interface strength for combined shear (ϕ
= 0°) and tensile stresses (ϕ = 90°).
Table 1: Results of the off-axis tests including the mean shear
and tensile stresses as well as the stress operator σF and its
standard deviation

Angle
Tau [N/mm²]
Sigma [N/mm²]
Sigma_Fi
SD

0°

30°

60°

90°

10,4
0
1,34
35%

7,9
4,5
1,16
29%

3,8
6,6
1,08
51%

0
7,2
1,04
40%

The results are presented in Table 1. A subsequent
statistical analysis revealed that the failure interaction of
σ and τ at the interface can best be represented using Eq. 1,
which represents a strength criterion for orthotropic
materials according to Liu [14].

2.3 FAILURE CRITERION
If subjected to a normal load in the direction of the tube
axis, the bonded interface is exposed to a combination of
shear stresses τ and normal stresses σ, that act orthogonal
to the interface [13]. For the mechanical characterisation
of the adhesively bonded interface an Arcan test device,
which is illustrated in Fig. 4, was used. The test setup
allows for an almost homogeneously distributed shear
stress field, τ, when both ends of the setup are fixed at an
angle ϕ of 0 degrees, while additionally allowing for an
almost constant tensile stress distribution, σ, at an angle ϕ
of 90 degrees. A variation of the angle ϕ between the
orientation of the specimen and the direction of the
applied load allows for a determination of the joint
strength with regard to simultaneously acting stresses, i.e.
in plane shear stress and normal stresses perpendicular to
the glued interface.
The specimens that were used for the characterisation are
exemplarily shown in Fig. 5. They included a
representative glued interface with a thickness of 2 mm
and a surface of 15x20 mm² and were fixed to the Arcan
device by means of metallic bolts. The tensile load F was
applied at the bolt holes corresponding to the respective
load angle ϕ at a rate of 2 mm/min until failure.

=

+

+

∙
∙

=1

(1)

Following Eq. 1 failure of the interface is defined by
values for σF = 1 or higher. The parameters
σ0 = 7,2 N/mm² and τ0 = 10,4 N/mm² represent the
strength of the bond toward tensile out-of-plane stresses σ
and, respectively, the shear stresses τ. The thereby
developed
failure
criterion
was
subsequently
implemented in a numerical strength prediction.

Figure 5: Off-axis
characterisation

samples

used

for

the

interface
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3 NUMERICAL INVESTIGATIONS
3.1 NUMERICAL STRESS DETERMINATION
The stress-strain state within the bond was determined by
means of the Finite Element Analysis (FEA) package
ANSYS. Previous research on tubular lap joints [13]
showed that for axisymmetric systems the FEA can be
simplified to a two degree of freedom model, which is
illustrated in Fig. 6. Two-dimensional 8-node structural
solid elements, PLANE183, were used for the meshing,
including an element size of 1 mm along the overlap and
10 mm for the rest of the model. The thickness of the
adhesive layer was fixed at 2 mm. The material
parameters were taken from relevant literature [15]
respectively the data sheet of the adhesive and are listed
in Table 2. The results of the computed stresses σ and τ
for a numerical load FNUM of 100 kN are plotted in Fig. 7.
The stress level along the overlap contains steep stress
gradients that are characteristic for cemented joints. With
increasing overlap length the stress maxima at the critical
load level seem to decrease. It also becomes clear that the
local stress peaks do exceed the experimentally
determined bond resistance values confirming that a
simply stress based method would not result in accurate
strength predictions and does not consider any size
effects.
3.2 STATISTICAL DISTRIBUTION OF
STENGTH
The failure criterion defined for the interface allowed
calculating a probability of rupture for each element
constituting structure of any bonded surface. A Weibull
distribution has proved to be the most accurate
approximation for brittle materials [16]. According to
Bažant [11] the distribution function for the Weibull
probability of survival Ps of a structural element can be
expressed by Eq. 2:
=

−

∙

(2)

In this equation, A is the size of the element and A0 is the
representative measure for which the strength distribution

was determined. In the present case A0 corresponds to the
size of the bonded surface from the specimens of the offaxis tests. The parameters of the Weibull distribution are
defined as the shape parameter σ0 and the scale parameter
m. The investigated interface is not submitted to a single
stress vector σ, but to a combination of shear and normal
stresses. Therefore the Weibull theory, initially developed
for isotropic materials failing under uniaxial loads, has to
be extended to a multi-axial stress state. Bažant et al. [11]
describe an extension of the algorithm towards principal
main stresses, and furthermore continuative studies
addressed the issue of multiaxial Weibull theory for
cemented lap joints of fibre reinforced polymers (FRP) [6]
and timber [5,12]. The latter used a combined stress
measure σF as stress operator in Eq. 2, which can be
estimated using the formulation of the failure criterion in
Eq. 1. Thus, each individual result from the off-axis tests
from section 2.3 can be expressed by one stress parameter
σF, independent of the angular direction. In the case of the
off-axis tests the surface A from Eq. 2 is equal to A0 and
the probability of survival of an off-axis sample can be
expressed by:
=

Table 2: Mechanical properties of the materials used for the
FEA

E-Modulus

G-Modulus

Timber

17.000
1.100
1.100

40
600
600

Poisson
ratio
0.019
0.24
0.013

Steel
Adhesive

210.000
1100

-

0.3
0.3

Material

(3)

Once σFi is calculated for each experimental combination
of σ and τ using Eq. 1, the Weibull strength distribution
parameters σF0 and m can be estimated using a linear
regression analysis of σFi according to Langlois [17],
which results in m = 2.74 and σF0 = 1.08.
3.3 PROBABILISTIC STRENGTH PREDICTION
According to the probabilistic strength prediction theory
for brittle structures, the probability of survival PS of the
adhesive joint depends on the simultaneous non-failure of
all finite elements Ai that are subjected to a combined
stress sensor σFi. Taking the joint-probability theorem
[18], PS is the product of the individual probabilities
Ps(σFi) of each element Ai and can mathematically be
expresses by Eq. 4 as follows:
=∏
=

Figure 6: Numerical model of the experimental setup
represented by a two-dimensional Finite Element Analysis.

−

∑

−

∙

−

∙

(4)

The stresses σi and τi, needed for the calculation of σF,i, are
obtained for each element i along the bond from the FEA.
The expression in Eq. 4 can be computed for any given
load level FNUM, yielding in a corresponding probability
of survival of the given geometry. A global probability of
survival of 50% represents the experimental mean of the
test results; hence, the lower 5%-quantile corresponds to
a probability of survival of 95%, which is usually taken
for structural design.
3.4 RESULTS OF STRENGTH PREDICTION
The numerical joint capacity has been estimated for
different geometrical configurations, more precisely a
joint length of 50, 100, 200 and 300 mm. In addition to

WCTE 2016 e-book | 1309

predicted values in Fig. 8 shows good agreement. The
experimental mean of the samples with an overlap length
of 100 mm could be predicted with an accuracy of 102%.
For the two samples with an overlap length of 120 mm
with a high scattering no experimental mean was
compared to the predicted graph. However, the
experimental values of the whole data are distributed
around the calculated curve for the mean load capacity.
The inherent scattering of the experimental results is well
represented by the range between the lower and upper 5%quantile.

4 CONCLUSION

Figure 7: Computed stresses at the interface between adhesive
and wooden tube at a load level that corresponds to a
probability of survival of 50%.

the numerical mean, the upper and the lower 5%-quantile
of each overlap length has been predicted in order to
model the inherent scattering of the results. All results are
plotted in Fig. 8.
For samples with an overlap length shorter than 100 mm
the numerical joint strength is positively correlated to the
joint size and increases almost linearly with increasing
overlap length, as Fig. 8 illustrates. For longer
connections however the numerical joint strength
converges to a boundary limit that can be correlated to a
critical overlap length of about 150 mm. Above this
geometrical size no further increase of the load bearing
capacity can be expected. The influence of the size of the
brittle joint structure on the nominal strength is a
characteristic for adhesively bonded timber joints [5,12].
A comparison between the experimental results and the

A suitable solution for the assembling of steel connectors
to moulded wooden tubes has been developed and
presented in this paper. Small scale load bearing tests
showed good load bearing capacities with high potential
for structural application. The assembling of moulded
wooden tubes to spatial truss structures, such as truss
towers for wind power plants, can be realised using this
method. The simple and fast fabrication of the joint is
adapted for prefabrication processes, which reduces the
labour costs on site.
For the sake of the numerical prediction of the load
capacity, the mechanical resistance of the bond was
determined experimentally. An adapted Arcan test-setup
was used successfully for the definition of a failure
criterion of the bond, both with regard to in plane shear
stresses as well as out of plane tensile stresses. The test
results were used for further application in a numerical
strength prediction algorithm.
A probabilistic joint strength prediction method for
structural design of those elements proved to result in
good exactitude in comparison to experimental results.
The experimental mean value could be predicted with an
overall accuracy of 102%. The inherent variability of the
experimental results, although for a small series of
samples, could be represented numerically by calculating
the numerical upper and lower 5%-quantiles which
showed a very good agreement with the experimental
data. The developed strength prediction method can be
extended on every similar connection between steel and
wooden tubes of any geometrical size.
Future research should focus on the influence of dynamic
loads and vibrations on the fatigue strength of the joint.
Variations in temperature also have an effect on the
durability of the bond and should be considered in the
future. Real scale pull-out tests are in preparation in order
to investigate the structural performance of the connection
in its final dimension that will be used for the construction
of the tower.
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INVESTIGATING THE DYNAMIC RESPONSE OF LIGHT FRAME
WOOD STUD WALLS WITH VARIOUS BOUNDARY CONNECTIONS
WHEN SUBJECTED TO BLAST LOADS
Christian Viau1, Ghasan Douda

2

ABSTRACT: This paper presents the results of a study with focus on the performance of typical North American lightframe wood stud walls including the effect of wall-to-floor/wall-to-roof connections when exposed to simulated blast
loads. Prescriptive detailing in the design code as well as four different types of connection options deemed suitable to
resist blast loading were investigated. Results clearly showed that even with the enhanced connections of the walls to
their boundary elements to account for seismic detailing, the connections were not adequate to allow the studs to reach
their ultimate capacity. Three of the four investigated connections were able to withstand the loading without serious
damage. A material predictive model was developed utilizing the material properties obtained through static testing and
validated using the dynamic results. High strain-rate and system effects were effectively captured.
KEYWORDS: light-frame, stud walls, end connections, blast, retrofits, single degree-of-freedom

1 INTRODUCTION 123
Connections are critical to the overall building
performance as they contribute to its strength, stiffness,
stability, and ductility. Experience from post-disaster
surveys following earthquake and nuclear events on lowrise light-frame wood structures have highlighted
deficiencies in properly accounting for the load paths
between structural subsystems such as wall-to-floor and
wall-to-foundation connections [1-3]. The poor behaviour
primarily stems from the fact that such buildings are not
designed and detailed by engineers but are rather
constructed based on prescriptive requirements. Recent
developments in code provisions have significantly
enhanced the performance of such structures when
subjected to earthquake loading by recognizing the
importance of the connections between structural
subsystems. For example, recent North American
residential codes [4-5] now include prescriptive
provisions that specifically address design of low-rise
light-frame wood structures in high wind and seismic
zones.
The performance of light-frame wood stud walls under
simulated blast loading has so far been limited to
investigating the behaviour of individual studs [6] and
full-scale walls with idealized boundary conditions [7-9].
The simulation of the boundary conditions as idealized
pins may not be realistic but allows for simpler analysis
and the ability to isolate the scope of the investigation to
the behaviour of the material and components. Some field
testing on light-frame structures has also reported
1
2
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deficiencies in the connections between subsystems,
however, the connection capacity and performance was
not quantified, as it was not the focus of the study [10].
The intent of the current Canadian blast code [11] is to
minimize any potential connection failure by
overdesigning them, and thereby allowing the loadbearing elements (i.e. studs) to reach their ultimate
capacities. The underlying logic is that if failure is to
occur in the connections, the system may fail prematurely
because the wall would be incapable of reaching its
ultimate flexural capacity. This may also cause the wall to
become a projectile, thereby injuring or killing occupants
of the building. Given that current detailing of light-frame
wood structures are prescriptive in nature, it is uncertain
whether walls with realistic boundary conditions would
be able to develop their full out-of-plane capacity when
subjected to a blast pressure.
The current study is part of a larger research program
aiming at mitigating damage and injuries associated with
blast loading on light-frame wood structures. More
specifically, the aim is to investigate, experimentally and
analytically, whether walls with prescriptive connection
detailing for low and high seismic and wind regions are
capable of resisting blast loading such that the walls’
ultimate capacity can be reached. The study also
investigates the behaviour of different connections with
various design capacity levels in order to develop failure
in the stud wall system rather than in the connection. The
suitability of current Canadian design provisions to ensure
proper sequence of failure in the wall is also examined.
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2 EXPERIMENTAL PROGRAM
2.1 STATIC TESTING
A series of static tests on individual studs, sheathing
panels, and sheathing-to-stud joints were conducted to
establish the capacity and stiffness of all individual wall
components prior to the construction and testing of the
stud walls, as shown in Figure 1. Obtained data include
the modulus of rupture and modulus of elasticity of the
studs and sheathing panels, as well as the nail-slip
relationship for the stud-to-sheathing joint. These data
were used to create a material-predictive model which
was then validated against the experimental dynamic test
results. All tests were conducted according to the
designated standards published by the American Society
for Testing and Materials [12-14]. Sixteen full-scale walls
with similar detailing to those reported here, but with
idealized boundary conditions, have also been
investigated in order to establish a baseline for the wall
performance [15].

(a

Table 1: Summary of dynamic test specimens

Wall ID
W1
W2 – W3
W4 – W5
W6 – W7
W8 – W9
W10

Tested connection
Nails (non-seismic)
Nails (seismic)
HU28 joist hangers
LJS26DS joist hangers
LTS18 hurricane twist straps
ML24Z steel angles

The top and bottom plates of the test specimens were
connected to lumber pieces simulating floor rim joists.
The rim joists were attached to the end frame of the shock
tube using a hollow steel section (HSS). The blocking
simulates typical boundary elements in light-frame wood
floor construction and the clamping of the blocking to the
shock tube simulates the in-plane stiffness of the floor
diaphragm. The dynamic test setup is shown in Figure 2.

tatic en ing test

(a

li ue ie

(b

n con ition

Figure 2: ynamic test setup

(b

heathing coupon test

(c

ail-slip test

Figure 1: tatic testing

2.2 DYNAMIC TESTING
A total of ten full-scale walls with different boundary
conditions simulating realistic wall-to-roof and wall-tofloor connections were tested dynamically under shock
tube induced blast waves. All walls measured 2070 mm
(81.5 in.) in width, 2108 mm (83 in.) in height, and the
studs had a clear span of 2032 mm (80 in.), corresponding
to the shock tube opening. A summary of the walls’
boundary connections can be found in Table 1.

The blocking elements were connected to the top and
bottom plates through the use of different connection
details as presented in Table 1. The blocking consisted of
three 38 mm x 140 mm x 2070 mm lumber pieces
connected to each other using 76 mm x 4.2 mm
construction screws.
The tested walls consisted of six 38 x 140 mm (2 x 6 in.)
visually graded No.2 spruce-pine-fir (SPF) studs spaced
at 406 mm (16 in.) on center with a single top and bottom
plate. 11 mm (7/16 in.) thick oriented strand board (OSB)
was chosen since this sheathing type and size is
predominantly used in light-frame construction in North
America. 50 mm long nails with a diameter of 2.87 mm
were used to fasten the sheathing to the studs using a grid
pattern of 150 mm. Four commercially available steel
connectors were tested as possible options for connecting
the wall to its boundary elements. The selection of the
connectors was driven by the design capacity of a single
stud element based on the respective design standards [11,
16]. In order to evaluate whether the design provision is
conservative, adequate, or insufficient for blast
applications, the connections were detailed to have design
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capacities which were lower, approximately the same, and
higher than that of the stud element.
Simulated blast loads were generated through the use of
the University of Ottawa’s shock tube (Figure 3). The
shock tube is a testing apparatus capable of producing
shock waves similar to those found in the far-field
detonation of high-explosives.

2.3 TESTED CONNECTIONS
Typical seismic connection requirements defined in the
National Building Code of Canada [4] were used to
connect W1-W3 to the blocking elements. The details of
these connections are based on prescriptive requirements
for low (nail spacing of 400 mm on-centre) and high
seismic regions (150 mm on-centre).
The connections in W4-W10 were designed based on the
design capacity of the wall as specified in the Canadian
blast design code [11]. The expected failure mode and
overdesign ratio (i.e. the ratio between the connection and
stud capacity) for each designed connection are presented
in Table 2.
Table 2: Designed connections detailing

Connection

(a

(b

hock tu e en

ri er an

rame

iaphragm sections

Figure 3: hock tu e test acility

The reflected pressure for each test was measured using
two dynamic piezoelectric pressure sensors, placed at the
shock tube opening. Strain gauges were used on the four
middle studs of each wall in order to obtain strain data and
determine the dynamic failure point for each test. The
strain rate was calculated by dividing the maximum
recorded strain by the time at which maximum strain was
recorded. The strain gauges used were general purpose
350 ohms strain gauges, measuring 4.5 mm x 12.5 mm.
Mid-span stud deflections for the four middle studs were
obtained using 300 mm stroke linear variable differential
transducers (LVDTs). All sensors were connected to a
data acquisition system which is capable of recording data
at a sampling rate of 100,000 samples per second. A highspeed camera was recording the displacement of the wall
at 500 frames per second, at a resolution of 800 x 600
pixels.

HU28
LJS26DS
ML24Z
LTS18

Expected governing
failure mode
Shear / withdrawal
Shear / withdrawal
Shear / withdrawal
Steel rupturing

Overdesign
ratio
0.86
1.28
0.67
1.02

The connection detail for W4 and W5 consisted of a
standard joist hanger (HU28), typically used to connect
floor joists to beams or rim joists. Its use here to connect
the stud to the top and bottom plates is atypical but seemed
appropriate due to the way it wraps around the stud
providing a bearing support and a connection to the
bottom plate, as shown in Figure 4a. This connector had
an expected capacity of 14 % lower than the anticipated
dynamic reaction.
W6 and W7 were also attached to their respective rim
joists using a joist hanger type connector (Figure 4b),
however this joist hanger (LJS26DS) had an estimated
capacity of approximately 28 % higher than that of the
expected dynamic reaction for the tested wall.
W8 and W9 were connected using a twist strap typically
used to connect stud walls to roof rafters in order to
prevent uplift due to wind forces (Figure 4c). This
connector was selected because it engages the end of the
stud in tension, and could possibly be used as a multihazard connector (wind and blast). The expected capacity
of this connection is only approximately 2 % higher than
the expected dynamic reaction. It should be noted that
when using this connector the assumed load path would
be different than that of the other three connectors, as the
force flows from the studs, through the strap, and directly
to the blocking, bypassing the top and bottom plates.
W10 was connected to its rim joists using an angle plate
(Figure 4d) with a design capacity approximately 33 %
lower than the expected dynamic reaction. This connector
was the easiest and quickest to install, and was also the
cheapest. Heavy-duty screws were used in these
connections based on manufacturer recommendations.
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frame wood stud walls to the effects of blast loading. The
connection performance observed for the prescriptive
connections emphasizes the need to design and detail
connections in light-frame wood stud walls such that they
do not fail before the studs achieving their full capacity.
3.2 DESIGNED CONNECTIONS

(a

(b

(c

(d

3.2.1 HU2
The results from tests on W4 and W5, where HU28
connectors were used (see Figure 4a), showed that this
connection detail allowed for the studs to reach their
ultimate capacity and fail in flexure, as shown in Figure
5a. However, a significant number of the screws
experienced withdrawal failure, and caused damage to the
top and bottom plates (Figure 5b). This could be attributed
to the fact that the capacity of this connector was 14 %
lower than the dynamic reaction. It is, however,
noteworthy to mention that providing a connection
between the wall and the top and bottom floors, albeit
inadequate from a design perspective, still enhanced the
performance of the wall significantly compared to the
typical prescriptive detailing. The wall studs were capable
of achieving their full ultimate flexural capacity with
minor debris stemming from the studs and sheathing
panels (Figure 5a).

Figure 4: esigne connections

3 EXPERIMENTAL RESULTS
Through the use shock tube induced pressure, the range of
strain rates developed varied from 1.52E-1 to 6.94E-1 s-1.
The range of measured reflected pressures and impulses
varied from 13.9 – 44.3 kPa and 139.2 – 387.3 kPa-ms,
respectively. More details on each dynamic test are
reported elsewhere [15].
3.1 PRESCRIPTIVE CONNECTIONS
The results from the walls with prescriptive connection
detailing (W1, W2, and W3) clearly showed that they
were not adequate to withstand the blast pressure prior to
the failure of the studs. Such construction detailing are
optimized to resist gravity loads or lateral loads in the inplane direction of the wall. In the direction parallel to the
wall, the toe nails connecting the rim joists to the wall
plates are acting in shear, while in the case of loading in
the perpendicular to the wall direction, the toe nails would
additionally experience withdrawal. The results also show
that even with the enhanced nailing to account for seismic
detailing (W2 and W3), the connections were
overwhelmed by the applied pressure. The tested walls
were blown across the laboratory in a rigid body
translation. Failure occurred almost concurrently at the
top and bottom plates. Bending in the nails was observed,
with failure occurring in combination of shear and
withdrawal.
The tests on both the non-seismic and the seismic
detailing clearly demonstrated the vulnerability of light-

(a

le ural ailure o

(b

ypical connection amage

Figure 5:

termath o

all specimen

ynamic test on
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3.2.2 LJS2 DS
The LJS26DS connectors (see Figure 4b) are similar to
the HU28 connector but with higher capacity and more
fasteners. This connection detail was implemented on W6
and W7, and similar to the HU28 connector, the results
showed that the studs were able to rotate at their ends and
deflect until reaching failure in flexure. It was evident that
using a connector with higher capacity in both shear and
withdrawal significantly reduced the damage to the
bottom and top plates.
3.2.3 LTS1
W8 and W9 were constructed with the LTS18 connectors
(see Figure 4c). Surprisingly, the results in both tests
showed poor performance, where the failure was either in
rupture of the straps or splitting in the stud, as shown in
Figure 6.

Figure 7:

ser e yiel ing o

connection

4 ANALYTICAL MODELLING

(a

plitting ailure

Figure 6:

ser e

(b Rupture splitting ailure
ailure mo es or

alls

These failure modes created very hazardous debris, where
the studs and sheathing flew across the lab with high
velocities. Alternative placement of the straps such that
they are effectively wrapping around the stud ends might
have produced better results, since splitting would have
been reduced. This alternative was not investigated in the
study but is suggested for future investigations.
3.2.4 ML24
Although the ML24Z connection detail (see Figure 4d)
had a design capacity that was 33 % lower than the
dynamic reaction, W10 performed reasonably well and all
wall studs achieved their ultimate capacity with little
damage to the connector (Figure 7). This yielding in the
connector angle caused a slight increase in rotational
stiffness thereby reducing maximum and residual
deflections of the stud; the effect of which will be
discussed in the modelling section.

Previous research has shown that single degree-offreedom (SDOF) modelling can be used to predict the
behaviour of various structural elements subjected to blast
loading with reasonable accuracy [17-20]. These studies,
however, dealt mostly with specimens that were
experimentally tested and modelled using idealized
boundary conditions. The test specimens also consistently
had a well-defined failure mode, namely flexural failure
of the wall studs in the case of light-frame wood stud
walls. The introduction of “realistic” boundary conditions
would ideally require a model that would permit the
inclusion of the effects of rotational restraint due to the
boundary connections and the possibility of multiple
failure modes in the wall system. The current study
investigated the appropriateness of using SDOF
modelling due to its simplicity and wide use in blast
design, and whether simplified assumptions can be made
for various connectors. Until verified, one cannot simply
assume that a SDOF method is suitable for light-frame
wood walls with boundary connections, and other more
sophisticated modelling techniques may be required.
4.1 MODEL DESCRIPTION AND INPUTS
The SDOF model is based on the equation of deflection
for a simply supported beam. The resistance curves used
as input into the analytical model were developed from
static testing and modified for high strain-rate effects, and
partial composite action (PCA).
The modelled element consisted of a representative Tbeam, comprised of the stud (i.e. the web) and a semirigidly attached sheathing panel (i.e. the flange), spanning
the length of the stud with a width equal to the stud
spacing. The stiffness of the T-beam was calculated using
Equation 1.
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where L is the clear span, EIPCA is the bending stiffness
including PCA effects, and DIFMOE is the dynamic
increase factor for the modulus of elasticity. The ultimate
resistance (Ru) of the T-beam was calculated using
Equations 2 and 3.

Ru 
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where Mp is the ultimate moment capacity of the T-beam,
MOR is the modulus of rupture of the stud, DIFMOR is the
dynamic increase factor for the MOR, and SPCA is the
section modulus including PCA. Previous studies have
shown that modelling light-frame wood stud walls using
bi-linear resistance curves provided good analytical
representation of the wall subsystem [8, 17]. Shown in
Figure 8 is the obtained resistance curve.

damage are very similar, suggesting that the tested
connections may behave as pins.
4.2 RESULTS
Studs connected with either HU28 or LJS26DS were
found to behave as simply supported beam elements, with
no evidence of rotational restraint. The non-linearity
brought on by the yielding of the ML24Z connector
provided a source of energy dissipation, and therefore, a
reduction in maximum stud displacement. The scope of
the current study is to evaluate the suitability of using a
simple analysis tool such as SDOF modelling. The
motivation is that even if the connection increases the
stiffness of the stud, using a SDOF model would yield
conservative results from a design point of view.
Figure 9 shows that the correlation between the
experimental and the SDOF model is acceptable for HU28
and LJS26DS connectors, where the failure mode was
well defined and the connection’s contribution to the
rotational stiffness was negligible, therefore behaving as
simply supported boundary connections.
Line of Perfect Agreement
Line of best fit
80

30
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20

10

0

0

20

40

60

Displacement (mm)
Figure 8: i-linear resistance cur e

The elastic portion of the resistance curve is characterized
by the parameters obtained in Equations 1 – 3. The plastic
portion is characterized by no loss in post-elastic
resistance, and a maximum allowable displacement which
correlates to a ductility ratio of 2 [21].
All four modelled walls with connection retrofits were
modelled as having the same initial stiffness and ultimate
resistance, both based on in-situ stud strength, modified
for PCA. Comparison between walls with boundary
connections, reported in this paper, and those previously
tested with idealized pinned boundary conditions [15]
shows that displacement-time histories as well as levels of
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The results show that the model tends to slightly underpredict the maximum displacement by an average of 2 %.
An example of model fit for the HU28 connector is shown
in Figures 10.
Since rotational restraint effects are ignored when
modelling the stiffness of studs equipped with ML24Z
end connectors, the model’s predicted displacement-time
histories would tend to overestimate the maximum stud
displacements and time-to-maximum stud displacement
by approximately 40 %, as shown in Figure 11. The
simply supported approach for the ML24Z walls lacks the
implementation of the non-linear behaviour in the
connectors. However, from a blast design point of view,
this approach yields conservative results.
The model was unable to accurately predict the
displacement-time history of the walls detailed with
LTS18 twist straps, as shown in Figure 12. This is due to
the fact that the model assumes flexural failure, which did
not occur in W8 and W9.

Time (ms)

pre iction or

10

15

The current design approach in the Canadian blast
standard [11] predicts the performance of structural
elements based on their static design strength, modified
for dynamic properties through a dynamic increase factor
(DIF). The standard has no specific provisions for
connections in light-frame wood structural systems but
states, in general, that connections between structural
elements shall be limited to bearing failure in the wood
member or connector and that the connection shall be
designed for forces corresponding to 1.2 times the
capacity of the components being considered [11]. This
study attempted to verify whether this provision is
applicable for a blast scenario by evaluating two
variables; the ratio of design capacities between the
connections and load-bearing elements, and the type of
connector used. The observations from all tested
connection configurations indicate that the type of
connection (i.e. joist-hangers, angles, twist straps) and
their respective detailing greatly affect the overall
behaviour of the wall. In other words, basing the design
decision for a connection simply on the connection
capacity may not be adequate. While not used in typical
constructions, connectors that created bearing type
support for the studs performed very well and achieved
the desired failure mode of ultimately failing the studs in
flexure. On the other hand, the strap connector with
supposedly adequate design capacity did not perform
adequately and caused premature failure and debris.
While there was evidence of tension occurring within the
straps, splitting failure in the studs may have contributed
to this poor performance. The experimental findings
clearly show that current design provisions for
connections, which are based on the design capacity of the
connector alone, are in principle adequate but too
simplistic.
It is important to note that the design of connections
currently does not include an increase to account for
strain-rate effects in the connections. This is assumed to
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be conservative, however, when considering connections
in wood structures, the increase due to strain-rate might
be dependent on the failure mode and could be significant
(e.g. steel strap tension failure vs. wood failure in
compression). Furthermore, the strength increase factor
(SIF) provided in the code for wood stud walls is assumed
to be 1.9, which is found to be conservative for the
purpose of designing the studs. On average, this factor is
approximately 2.5 for sawn lumber [22-23]. This
conservatism is appropriate for purposes of stud design
but not for connection design, as the connection design
capacity is based on the stud capacity.
The analytical results using SDOF analysis show that such
analysis should only be utilized when a predictable failure
can be expected. The results of this study show that some
connection damage does not seem to significantly affect
the predicted displacement. On the other hand, when very
heavy damage and failure occurs in the connectors (such
as with the LTS18), the wall cannot be modelled by means
of simplified analysis such as SDOF modelling.

CONCLUSIONS
This paper highlights key findings of a study which
focused on the behaviour light-frame wood stud walls
with boundary connections to floors above and below.
Typical nailed connection detailing, even those detailed
for high seismic regions, was observed to not possess
adequate capacity to maintain connectivity to the floors
prior to the wall studs reaching their full capacity.
Premature failure of the stud wall assembly was observed
and hazardous debris was generated.
Designed connectors that had adequate capacity
according to the Canadian blast design code and that
provided bearing support for the wall studs performed
well and allowed the studs to fail before the connections.
In addition, an angle connector with a design capacity less
than that required by the code provisions provided
adequate performance. This type of connector provided
partial rotational restraint at the stud end, which reduced
the deflection and damage. The results from the current
study suggest that while an overdesign factor is in fact
appropriate to ensure development of full capacity of the
structural elements, the type of connector and
construction detailing are of great importance to the
performance of the wall system. This highlights the need
for connections with performance characteristics that
specifically optimize the behaviour of light-frame wood
stud walls to blast loading to be further investigated and
developed.
The analytical results have shown that SDOF modelling
can be used when a well-defined failure mode is expected
to occur in the stud, with little damage occurring in the
end connections. From a designer point of view, assuming
pin-ended conditions in situations where some energy
dissipation occurs in the end connections would yield a
conservative prediction of the wall displacement and
thereby damage. On the other hand, if heavy damage and
failure occurs in the connectors, simplified analysis such
as SDOF modelling cannot be used and more
sophisticated analysis methods need to be employed.
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OPTIONS FOR THE RESOURCE OPTIMISED PRODUCTION OF
LAMINAR LOAD CARRYING MEMBERS BASED ON WOOD PRODUCTS
Gregor Silly1, Alexandra Thiel2, Manfred Augustin3
ABSTRACT: In this contribution proposals for the resource optimised production of laminar, load carrying timber
elements are shown. Therefore also analogies to the ship and aircraft/aerospace engineering as well as to the furniture
industry have been considered.
KEYWORDS: Cross-laminated timber (CLT), timber products, production, resource-saving

1 INTRODUCTION 123
Due to the ecological and economic development in the
last years the raw material wood is gaining in
importance. The increase of the crude oil price leads to a
higher commitment as energy wood and also timber
engineering booms. This rising demand combined with
forestry structures in particular in Central Europe let the
price of spruce sawn-timber gains on a high level. As
Figure 1 shows the costs for softwood sawlogs in Austria
has increased for about 40 % since 2009. Compared with
international standards the price in Central Europe is
much higher.

potential cost savings. One possibility is the better
exploitation of the value chain WOOD, for example a
closer cooperation associated with resource-savings
within the group “FOREST-WOOD-PAPER”. For the
timber products producing companies a reduction of the
costs through an optimization of the manufacturing
process should be achievable. In the following
contribution the mentioned problems will be assigned to
massive timber constructions. Possibly resource-savings
at the product cross-laminated timber (CLT) and also
new ideas for laminar sandwich panels will be presented.

2 LAMINAR, LOAD-CARRYING
TIMBER PRODUCTS
2.1 OVERVIEW
The following overview illustrates different possibilities
for the lay-up of laminar, load-carrying elements with
top layers of solid timber. Due to the number of variants,
detailed problems as gluability, stiffness and strength
values, connection methods and building physics aspects
were not considered.

Figure 1: Price history of sawn-timber and timber products
since 2006 [1]

The trend for timber and timber products is completely
different. As also shown in Figure 1 the prices of e. g.
structural timber (KVH) and glued laminated timber
(BSH) are decreasing lightly in the past years. By reason
of the still high demand it will also come to rising prices
for timber. These extra costs couldn’t be compensated
permanently by the wood processing industry. For this
reason it’s necessary to have a look on available
1
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2.1.1 CLT (massive structure)

Geometrical and mechanical optimisation of
existing plates

Use of other wood species (e. g. hard woods)
2.1.2 CLT (separated structure)

Aware arrangement of gaps in the inner layers

Composites with ribs/stringers of e. g. GLT
2.1.3 Sandwich elements with top layers of solid
timber

Homogeneous support of the top layers (e. g.
aluminium or wood foams, PUR/PS panels, plates
of natural raw materials as straw and corn

1-dimensional support of the top layers (e. g.
deep-drawn sheet metals or other corrugated
panels)
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2-dimensional support of the top layers (e. g.
honeycomb cores of wood, aluminium,
paper/cardboard and other alternative materials)

Table 1 gives an overview of possible laminar, loadcarrying elements with top layers of timber.
Table 1: Overview of possible laminar, load-carrying elements
with top layers of timber
CLT – massive structure
one type of wood and
one strength class
or rather stiffness

one type of wood and several types of wood and
different strength classes different strength classes
or rather stiffnesses
or rather stiffnesses

Sandwich with homogeneous (isotropic) inner layers
inner layers with timber
(lower quality) or other
homog. materials (e. g. corncobs)
homogeneous

[+] an optimal utilization of the material in relation to
the occurring load situation is possible (e. g. onedimensional load transfer, see example in Table 2)
[−] reduction of the bending stiffness in the transversal
direction and therefore a slight negative influence
on the SLS-design (e. g. vibration behaviour)

CLT – separated structure

inner layers of foam
(e. g. wood, PU, aluminium), PU

Table 2 shows the bending and shear stiffness values of
two 5-layered CLT-elements with a thickness tclt of
150 mm. The selective collocation of thicker outer
lamellas leads to an increase of the bending stiffness Kclt
in the longitudinal direction of the plate (main loadbearing direction) and of the shear stiffness Sctl by about
14 % respectively 24 %. The bending stiffness Kclt,90 in
the transverse direction drops due to the thinner inner
layers by 55 %. In summary the following pros and cons
can be listed:

only punctual

Table 2: Example for an optimised cross-section geometry of a
5-layered CLT-ceiling-element
5-layered CLT-plate

Kclt

Kclt,90

Sclt

tclt = 150 mm

[Nm²]

[Nm²]

[N]

2.583.900

678.600

16.828.961

2.957.033

305.467

20.838.633

30/30/30/30/30 mm
40/20/30/20/40 mm

Sandwich with structured core
ribs

grates

folded structures

corrugated structures

triangle

keel rack

rectangular combs

tube combs (full faced)

honeycombs

2.2 MODIFICATION OF CONVENTIONAL CLT
2.2.1 Optimisation of the cross-sectional geometry
For the bending stiffness Kclt of CLT-elements primarily
the outer lamellas are decisive. On the one hand the
distance to the centre of gravity (plate mid plane) and on
the other hand the board thickness of the outer lamellas
play an important role. With a specific plate structure an
adaption of the stiffness properties relating to the
individual requirements is possible.

2.2.2 Low-grade wood quality in the inner layers of
CLT
The middle layer E-modulus of a 5-layered CLT-element
has only a very small influence on the bending stiffness
of the whole plate. Due to this fact the use of timber with
a lower grade, for example spruce with strength class
C16 or other types of wood (e. g. poplar), is meaningful.
The bending stresses in the middle layer are nearly zero
and so only the shear stresses must be absorbed from the
material.
[+] reduced costs due to the usage of a low-grade wood
quality
[−] influence on the shear and transversal bending
stiffnesses with negative effect on the SLS-design
[−] negative influence on the fire resistance
Table 3: Example of a 5-layered CLT-ceiling-element with a
lower strength class of the inner layers (outer lamellas = C24,
inner lamellas = C16)
5-layered CLT-plate

Kclt

Kclt,90

Sclt

tclt = 150 mm

[Nm²]

[Nm²]

[N]

2.583.900

678.600

16.828.961

2.575.800

468.000

11.735.674

30/30/30/30/30 mm
30/30/30/30/30 mm

2.2.3 High-grade wood quality in the outer layers of
CLT
According to the Delphi-Study Holz 2020 revisted – Die
Zunkunft der deutschen Holzwirtschaft [1] a change in
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the forest management and the raw material range is
expected in the near future. It is assumed that significant
quantities of beech and oak will be available until 2020.
The stiffness and strength values of hardwoods are much
higher than those of softwoods. Already today gluedlaminated timber (GLT) is made of beech, oak, ash,
birch, chestnut or locust. The good properties of
hardwoods can also be used for CLT.
By using e. g. birch in the outer layers of the CLTelement the bending stiffness can be enhanced by about
20 % (see Table 4). Of course also homogeneous CLTstructures made of hardwood are thinkable.
[+] considerably higher stiffness and strength values in
comparison to spruce
[+] better load capacity of the connectors/fasteners
[+] use of the domestic hardwood forest stands
[−] more problematic gluability
[−] existing production equipment must be adapted
Table 4: Example of a 5-layered CLT-ceiling-element with
outer layers of birch
5-layered CLT-plate

Kclt

Kclt,90

Sclt

tclt = 150 mm

[Nm²]

[Nm²]

[N]

2.583.900

678.600

16.828.961

3.113.100

678.600

16.888.944

30/30/30/30/30 mm
30/30/30/30/30 mm

2.3 “SEPARATED” CLT
The previous chapters show different possibilities for the
optimisation of standard, solid CLT-elements.
Subsequent proposals for a lower raw material charge at
the production of CLT are illustrated.
2.3.1 CLT-elements with gaps
To reduce the material input, CLT-elements with aware
arranged gaps in the transversal and middle layers can be
produced. At a 5-layered CLT-element with gaps in the
dimension of one board width (see Figure 2 and Figure
3) a material reduction of 30 % can be reached. The
resulting cavities can be used as insulation or installation
space.

Figure 3: 3- and 5-layered CLT wall-elements. Left:
conventional; Right: separated

A separation of the transversal layers leads to changed
circumstances at the design of CLT-elements. Due to the
distance between the several lamellas, peaks at the shear
stresses in the transition area board/gap and also at the
glued surface occur.
To clarify the effects of these locally increased stresses
detailed investigations are needed. Furthermore the
knowledge of the shear correction factor is necessary to
design such separated CLT-elements (see [3]).
As Table 5 shows only the bending stiffness in the
transverse direction Kclt,90 and the shear stiffness Sclt
drops. The bending stiffness Kclt is not affected by the
gaps.
Table 5: Example of a 5-layered CLT-ceiling-element with
separated inner layers (gap width = board width)
5-layered CLT-plate

Kclt

Kclt,90

Sclt

tclt = 150 mm

[Nm²]

[Nm²]

[N]

2.583.900

678.600

16.828.961

2.570.850

339.300

5.894.079

30/30/30/30/30 mm
30/30/30/30/30 mm

[+] significant material saving depending on the gap
width
[+] space for insulation and installations and so better
acoustic and insulation properties
[−] new questions at the design of these elements
[−] highly reduced shear and transverse bending
stiffnesses (deterioration at the SLS-design)

Figure 2: 5-layered CLT-ceiling-element. Top: conventional;
Bottom: separated
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3 SANDWICH CONSTRUCTIONS WITH
TOP LAYERS OF SOLID TIMBER
For the optimised utilisation of the raw material “wood”
for example the middle layer of a 5-layered CLTelement could be substituted by other materials. In the
following a few alternative materials, without
specification of the mechanical properties, are shown.
3.1 HOMOGENEOUS SUPPORT OF THE TOP
LAYERS
3.1.1 Foams
Sandwich panels with a core of aluminium foam have
high strength values at a light weight. In normal case the
density is about 500 kg/m³ with a porosity of 85 % and
can be adapted depending on the application. Table 6
shows some examples of aluminium foams.
[+] high strength values at a low density

3.2 ONE-DIMENSIONAL SUPPORT OF THE
TOP LAYERS − BOX ELEMENTS
To bridge large, one-dimensional spans often boxelements are realised. Especially at commercial, office
and public buildings combined structures of GLT and
CLT are meaningful. Depending on the static
requirements the parameters as CLT-plate thickness,
height of the GLT-ribs or the distance between the GLTribs can easily be adapted ex works. The occurring
cavities can again be used as insulation or installation
space.
[+] realisation of large spans
[+] good acoustic and insulation properties
[+] space for installation
[−] mainly one-dimensional load transfer

[+] recyclable

With a girder grid instead of the rib construction an
extension to a two-dimensional load transfer can be
achieved. For example the top layers of the sandwich
panel can be built with thin, 3-layered CLT-elements.

[+] good gluability with timber

Table 8: Box elements as support for the top layers

[+] good mechanical damping properties

[−] high costs, should be lowerable in the future with
other production methods (e. g. APM technology)

Lignatur AG, CH-9104 Waldstatt [7]

Table 6: Aluminium foams
pohltec metalfoam GmbH, D-50769 Köln [4]

3.3 TWO-DIMENSIONAL SUPPORT OF THE
TOP LAYERS − COMB PLATES
AlCarbon Technologie GmbH, D-28199 Bremen [5]

Also polystyrene (see Table 7) or wood foam can be
used as core material for sandwich panels. Due to the
low strength values only a use as non-load-bearing
elements is possible. Therefore the mentioned materials
are not further described.
Table 7: Polystyrene core with top layers of timber
thermochip, ES-32330 Sobradelo de Valdeorras [6]

Sandwich panels with good mechanical properties and
low weight can be reached with comb cores. The combs
consist of vertical cell walls and can absorb forces in
both directions of the top layers. Usually the combs are
made of paper, wood (veneer), aluminium or synthetic
materials. The shapes vary from hexagonal honeycombs
to curved sinusoidal combs.
3.3.1 Comb plates with cores of recovered paper,
cardboard or cellulose
Table 9 and Table 10 shows two examples of sandwich
panels with cores made of cardboard and resin
impregnated cellulose.
Table 9: Cardboard comb elements
SWAP GmbH, DE-9669 Sachsen [8]

WCTE 2016 e-book | 1324

Table 10: Resin impregnated cellulose comb elements
SwissCell, CH-8201 Schaffhausen [9]

Table 12: DendroLight®-panels
DendroLight® Latvija, LV-3601, Lettland [11]

[+] completely made of wood
[+] low weight

[+] reduced usage of adhesives

[+] good gluability with wood

[+] good mechanical properties

[+] low production costs [8]

[+] good gluability (big surface)

[+] pure biological (organic binder) [8]
[+] very good stiffness values [9]

[+] round 40 % less weight than comparable solid
timber

[+] already built prototype houses [9]

[−] expensive in production

[+] possibility to produce the panels with a vacuum in
the combs → very good insulation properties [9]

3.3.3 Light Natural Sandwich (LNS) – panels
The core of light sandwich panels consists normally of
light metal or fibre-reinforced plastics. The production
respectively the disposal of these core materials is very
material and energy intensive. For this reason attempts to
create new kinds of sandwich cores with preferably ecofriendly and renewable raw materials are made. Possible
materials are bamboo (see Table 13) or straw.

[−] low stiffness values in comparison to other comb
materials [8]
[−] not pure organic (resin impregnated cellulose) [9]
3.3.2 Comb plates with a core of wood
Lightweight panels can also have a core of glued veneer
strips (see Table 11). Depending on the requirements the
shape and dimensions of the combs can be varied.

Table 13: Bamboo comb elements
Conbou, DE-99423 Weimar [12]

Table 11: Example for a sandwich element with a core wood
Schotten & Hansen GmbH, DE-86971 Peiting [10]

[+] completely made of wood
[+] resource saving production
[+] in comparison to paper/cardboard better mechanical
properties
[−] small bonding surfaces between veneer and top
layers (influence on the shear force transfer)
Another possibility for sandwich cores made of wood are
comb-shaped, milled boards which are glued to each
other under an angle of 45 ° (see Table 12). Main
advantages are the lower density (about 300 kg/m³)
related to solid timber and the high strength values
compared to other comb plates.

3.3.4 Comb plates with a core of aluminium
Deep-drawing is another method to produce comb plates.
The usually used material for this production method is
aluminium. The results of this process are threedimensional combs with plane flange areas. These
contact surfaces guarantee a good gluability with the top
layers (see Table 14). With this production method also
raw materials like flax, cotton, wood fibre or paper can
be processed.
Table 14: Aluminium comb core
borit® Leichtbau - Technik GmbH, DE-52134
Herzogenrath [13]

[+] high stiffness values through truss-type stiffening
[+] low weight
[+] cost-efficient
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[+] big surface to realise a good connection with the top
layers
[+] two-dimensional load carrying
[−] production of aluminium is very energy-intensive
Aluminium comb cores with a hexagonal shape are
shown in Table 15.
Table 15: Sandwich panel with a hexagonal comb core
Luxpanel International GmbH, DE-54634 Bitburg [14]

4 CONCLUSION
With the presented contribution possible alternative layups to build-up optimised load-carrying members based
on timber products are presented. Some of them are
already available on the market while others have to be
developed and tested. Analogies from ship and aerospace
engineering should be used for their further
development.
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STUDIES ON DEVELOPMENT OF AXTIAL MATERIALS RECYCLED
FROM WOOD WASTE OF WOOD HOUSES
Takahiro Tsuchimoto1, Kuniyoshi Yanaga2, Koji Harada3, Kazuhiko Fujita4,
Minoru Okabe5, Takafumi Nakagawa6
ABSTRACT: In order to reduce the waste from deconstructed buildings, the wood waste tried to be recycled into the
wood-based axial materials as structural members. As ways to recycle, the finger-jointed square lumber and the glulam
made of short lamina were tried experimentally and the performance of them were evaluated. As ways to recycle the
wood waste into structural axial material, the finger-jointed square lumber and the glulam made of short laminas were
tried. We succeeded in manufacturing both axial materials in spite of hard working in removing the foreign matters. The
performance of these recycled axial materials were tested and evaluated. As a result, it was clarified that both recycled
axial materials had enough performance as structural members.

KEYWORDS: Finger-jointed square lumber, Glulam made of short lamina, Yield rate, MOR, Duration of load

1 INTRODUCTION 123
In order to reduce the waste from deconstructed buildings
is the governmental issue in Japan, because the capacity
of the final disposal site got less. Amount of wood-based
waste is more than any other materials discharged from
wood houses. However, the recycle of wood waste
couldn’t circulate except for particleboard. On the other
hand, about 73 % of material and components used in
Japanese conventional post and beam house construction
were axial materials. Therefore, the possibility and
feasibility to recycle the wood waste in axial materials
was discussed.

employs many axial materials corresponding to 73 % of
wood-based materials and components and a little board
corresponding to 6 % of them. Therefore, it was
considered that the recycling to the axial material affected
on the circulation of wooden waste.

Concrete

Metal
Finishing
Mixed
material
waste Others

Wood

20.3

36.9

16.8

7.1 9.9

9.0

Figure 1: Waste discharged from wood house

2 BACKGROUND
The waste of wood was about 40 % of all waste
discharged from wood house, as shown in Figure 1. It is
known that there are many methods to recycle the wood
waste. As a result of the survey on the quality of the wood
waste and the possibility of wood waste recycling in each
method, it was necessary for foreign matters to be
removed from the wood waste. The applicable recycle
methods depend on the amount and the kind of foreign
matters. All of wood wastes are usable for firewood. Only
10 % of them can be reused as building components. The
ration of the wood wastes which can be recycled to
charcoal, particle boards and axial materials fall every
such method, as shown in Figure 2. On the other hands,
Japanese conventional post and beam house construction
1

Takahiro Tsuchimoto, Building Research Institute, 1 Tachihara, Tsukuba, Ibaraki, Japan. Email: tutti@kenken.go.jp
2 Kuniyoshi Yanaga, former Chugoku Lumber Co., Ltd., Japan
3
Koji Harada, Yamasa Mokuzai Co., Ltd., Japan

Applicable 100 %

Firewood

67 %

Charcoal
Particleboard

46 %

Axial material
Reuse

37 %
10

33 %
54 %
63 %

Non‐applicable

90 %

Figure 2: Ratio of recyclable waste and non-recyclable.
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3 METHODS OF RECYCLING TO
AXIAL MATERIAL
As methods of recycling to axial material, the finger
jointed square lumber and the glulam made of short
lamina were considered.
3.1 FINGER JOINTED SQUARE LUMBER
The foreign matters were often concentrated at the part
jointed to another member in the Japanese conventional
post and beam house construction. The part near the joints
were cross cut as shown in 1) of Figure 3. Next, the
lumbers were shortly cut as shown in 2). And then, 3) the
finger joint was processed to the short lumber and 4)
jointed each other. The yield rate was about 24 % totally.
Foreign matters

1)

Wood Waste

2)
3)
4)
Figure 3: Procedure for manufacturing the finger jointed
square lumber.

3.2 GLULAM MADE OF SHORT LAMINA
After the removal of foreign matters, the wood member
used in the Japanese conventional post and beam house
construction has several notches of tenon and the losses
of cross section as shown in 1) of Figure 4. The used
members were sawn to laminas as shown in 2). Because
of the notches and losses, the sawn laminas shortened
naturally as shown in 3). The short laminas were fingerjointed and laminated and the glulam made of the short
laminas was completed as shown in 4). The yield rate was
about 30 % totally.
Loss of cross section

1)

Notch

Wood Waste

and varied in the cross sections, as shown in Table 1. At
first, the side with the least foreign matters was found and
the least matters were removed manually in order to crosscut and remove the portions where many foreign matters
and notches concentrated, as shown in Photo 2.
As a result of the cross-cut, the short elements of 0.21 m3
with square cross section were obtained and corresponded
to about 31 % of the square lumbers brought to the
laboratory. Then, all of foreign matters were removed
from the cross-cut short elements.
On the other hand, the used lumbers with rectangle cross
section need to be sawn longitudinally. So, all of the
foreign matters were removed manually at first. Then,
they were cross-cut at the position of the notch. As a result
of the cross-cut, the short elements of 0.36 m3 with square
cross section were obtained corresponded to about 51 %
of the rectangle lumbers brought to the laboratory.
About removing of foreign matters, 99 and 161 pieces
were installed on 25 square and 6 rectangle lumbers,
respectively. The most of foreign matters were nails. In
addition, the foreign matters included strap bolts, wood
screws, staples, electric receptacle boxes and so on, as
shown in Photo 3. It took about 48 seconds for removing
a foreign matter. The time corresponds to 117 and 430
minutes per finished finger-jointed square lumber for
removing from meter of the square and rectangle lumber,
respectively.
Then, the finger joints were processed on the both end of
the short elements (Photo 4), which were jointed with the
water based polymer-isocyanate adhesives for wood, as
shown in Photo 5.
As a result, 5 finger jointed square lumbers with the size
of 90x90x3,000 mm were manufactured from the square
lumbers, and 9 finger-jointed square lumbers with the size
of 95x95x 3,000 mm were manufactured from rectangle
lumber, experimentally. The yield ration through the
manufacturing procedure were shown in Figure 5. Finally,
the yield ratios of the square and rectangle lumber were
17 % and 30 %, respectively. They were finished by the
planer and completed as shown in Photo 6.
Table 1: Varieties of the selected wood waste
Cross sections

2)

90 mm

3)

105 mm

4)
Figure 4: Procedure for manufacturing the glulam made of
short laminas.

4 TRIAL MANUFACTURE
4.1 FINGER-JOINTED SQUARE LUMBER
The wooden components and members were picked up
from the typical 2-story Japanese conventional post and
beam wood house with 117.7 m2 floor area built in 1974,
and brought to the laboratory, as shown in Photo 1. They
were 1.45 m3 in total, included the several wood species

Square

120 mm
Rectangle
Total

Wood
species
Douglas fir
Western
hemlock
Japanese
cypress
Japanese
cypress
Douglas fir

Numbers
of strip
4

Volume
(m3)
0.081

14

0.387

9

0.263

2

0.078

6
35

0.722
1.454
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Photo 5: Longitudinal jointing of short square lumber with the
water based polymer-isocyanate adhesives for wood.

Volume (m3)

1.5

Square
Rectangle
Yield ratio

1.0

100
80
60
40

0.5

Yield ratio (%)

Photo 1: Wooden components and members actually used in
Japanese conventional post and beam wood house.

20
0.0

Photo 2: The portion which many foreign matters concentrated
to the notch for the tenon.

Wood Waste

Visual
Cross cut
selection
Manufacturing procedure

Finishing

0

Figure 5: The strength grade of the longitudinally jointed
laminas.

Photo 3: Foreign matters installed in an example of used
square lumber.

Photo 6: The experimentally manufactured finger-jointed
square lumbers.

4.2 GLULAM MADE OF SHORT LAMINA

Photo 4: Short square lumbers before the processing of finger
joint.

The wooden components and members were picked up
from the typical single story Japanese conventional post
and beam wood house with 111.6 m2 floor area built in
1981 and brought to the laboratory (Photo 7). All of the
obtained square and rectangle lumbers were Japanese
cedar and 1.4 and 1.8. m3, respectively. The side of the
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square lumbers and the narrow side of the rectangle
lumbers were from 102 to 105 mm and from 102 to 120
mm, respectively. At first, all of foreign matters were
removed from lumbers. After having confirmed that any
foreign matters were not included visually, it was
inspected for lumbers not to include them by the metal
detector. As a result, it was clarified that the square
lumber of 19 % and the rectangle lumber of 8 % still
included foreign metal matters. Table 2 shows the number
and the volume of lumber and the time to spend for
removing the foreign matters and the metal detecting.
Table 2: The number and volume of lumber and the time for
each procedure.
Lumber
type
Square
Rectangle
Total

No. of
strip

Volume
(m3)

47
26
73

1.4456
1.8236
3.2692

Time to
spend for
removing
165 min.
75 min.
240 min.

Time to spend
for metal
detecting
80 min
38 min.
118 min.

The time corresponds to 73 minutes per cubic meter of
lumber for removing of foreign matters and 36 minutes
per cubic meter of lumber for metal detecting.
Next, the square and rectangle lumber without foreign
matters were cross-cut to remove the notch or the portion
crashed and be the length of 800 to 1,030 mm. Then, they
were sawn into laminas with the thickness of 33 mm
(Photo 8). The laminas were graded by the grading
machine and the relatively large knots were removed by
the cross-cutting of the concerned portion. The finger
joints which were processed on the both end of them were
jointed longitudinally to the lamina with the same grade
each other by the resorcinol-phenol resin adhesive for
wood. As a result, the strength grade of the longitudinally
jointed laminas with the 6 m length were shown in Figure
6. And, they were finished by the planer, arranged as to
E65-F225 or E75-F240 of mixed grade composed
structural glulam (symmetrical composition) and
laminated by the resorcinol-phenol resin adhesive with
the high-frequency heating press.
As a result, 8 glulam with the grade of E65-F224 and 2
glulam with the grade of E75-F240 which were the size of
90x150x3,000 mm were manufactured experimentally, as
shown in Photo 9. The yield ration through the
manufacturing procedure were shown in Figure 7. Finally,
the yield ratio of the recycled glulam to the wood waste
was about 12 %. The yield ratio of the glulam to the new
log is called as about 50 %, so the yield ratio in this
research corresponds to 1/4 of the value of new materials.

Photo 7: Wooden components and members actually used in
Japanese conventional post and beam wood house.

Photo 8: The short laminas obtained after the procedure of the
foreign matters removing, the cross cut and sawing.

Figure 6: The strength grade of the longitudinally jointed
laminas.
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It suggests that it is effective for the wood waste to be
recycled as the finger jointed square lumber.
And, MOE and MOR had a significant correlation. This
includes two meanings. The one is that it is possible for
MOR of the finger jointed square lumber to be evaluate
by MOE of it. The other is that it is possible for MOR of
the recycled wood-based axial material to be evaluate by
MOE of it.

Photo 9: The experimentally manufactured glulam made of
short lamina.
100

3

80
60

2

40

1

20
0

0

Photo 10: The fracture of 5.1.1
Finger-jointed square
lumber as a start of finger joint.
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Wood waste

MOR (N/mm2)

Volume (m3)
Yield ratio

Yield ratio

Volume (m3)

4

70

Mill ends of
DF lumber
Mill ends of
DF glulam
Mill ends of
RW glulam

50

Manufacturing procedure

Figure 7: The yield ration through the manufacturing
procedures.
Notes: Rm and M shows “Removing” and “matters”,
respectively.
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5 MECHANICAL PROPERTIES OF
RECYCLED AXITIAL MATERIALS

Figure 8: Relationship between bending elasticity and strength
of finger jointed square lumbers.

5.1 BENDING PROPERTIES

5.1.2 Glulam made of short lamina
Under the simple support, the 4-point bending tests were
conducted for the glulam made of short lamina. The MOR
was obtained by the stress at the rupture. The glulam made
of short lamina almost failed as a start of the finger joint,
as shown Photo 11. MOR of the glulam made of the used
short lamina are shown in Figure 9 in comparison with
MOR of the glulam made of the virgin short lamina. It
was clarified that the MOR of the glulam made of used
short lamina were less than those of the virgin laminas,
but were over the value provided by the Japan
Agricultural Standards (JAS) of structural glulam. So, it
suggests that it is also effective for the wood waste to be
recycled as the glulam made of short laminas.

5.1.1 Finger-jointed square lumber
Under the simple support, the 3-point bending tests were
conducted for the finger-jointed square lumber. The
modulus of elasticity (MOE) was calculated according to
the relationships between the bending stress and
deformation within the small stress and deformation. The
modulus of rupture (MOR) was obtained by the stress at
the rupture. The finger-jointed square lumber almost
failed as a start of the finger joint, as shown Photo 10.
The results of bending test on the finger jointed square
lumber are shown in Figure 8. The modulus of elasticity
and rupture of the finger jointed square lumbers made of
wood waste were compared with those made of the
sawmill ends of Douglas fir lumber, DF glulam and
European red wood glulam which were manufactured
from the new materials discharged from the factory with
the same methods, approximately. It was clarified that the
values of MOE and MOR of the finger jointed square
lumbers were not less than those made of the sawmill ends.
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MOR of glulam made of virgin
新材由来の集成材のMOR
short
lamina (N/mm2)

Photo 10: The fracture of glulam made of short lamina as a
start of finger joint.

600

: Corresponding
to E65-F225 of JAS
E65-F225相当
: Corresponding
to E75-F240 of JAS
E75-F240相当

500
400
300
200
200

300

400

500

600

MOR再生集成材のMOR
of glulam made of used
short lamina (N/mm2)
Figure 9: Relationship between bending strength of glulam
made of recycled and virgin short lamina.

5.2 CONFIRMATION OF BONDING
5.2.1 Finger-jointed square lumber
In order to confirm the bonding performance, the tensile
tests of the finger joints were conducted by using of the
rest of the bending tests of the finger-jointed square
lumber. The average and the coefficient of variety of the
tensile strength of them were 31.6 N/mm2 and 24 %,
respectively. The strength was over the value; 17.1
N/mm2 provided by the JAS of structural glulam, so it was
clarified that the methods to manufacture the fingerjointed square lumber and of the quality control were
appropriate.
5.2.2 Glulam made of short lamina
JAS of structural glulam requires the tests of the moisture
content, the peeling of the adhesive layer after soaking
and boiling and the shear in the block-shaped specimen in
order to guarantee the bonding performance and quality.
The moisture content need to be measured by bone-dry
method. The peeling test after soaking need to be
conducted after 24-hour soaking into water with normal
temperature for 2 specimens a glulam. The peeling test
after boiling need to be conducted after 4-hour boiling for
2 specimens a glulam.

The average of the moisture content of the glulam made
of the used short lamina was 17.1 % and was not satisfied
with the value; 15 % provided by JAS. However, the
peeling ratios of adhesive layer of all 40 specimens after
the soaking and boiling were 0 %. So, it was considered
that the bonding strength and quality had no problem.
The shear test in the block-shaped specimen need to be
conducted for the 2 or more specimens including all
adhesive layer and the adhesive area with from 25 to 55
mm long side. The average and the coefficient of variety
of the shear strength of 100 specimens of all adhesive
layer of all glulam were 9.1 N/mm2 and 16.6 %,
respectively. Only 2 specimens of 100 were not the wood
failure ration of 100 %, and the others were 100 %. These
shear strength and wood failure ratio were satisfied with
the value 5.4 N/mm2 and 70 % provided by JAS,
respectively. It was also clarified that the bonding strength
and quality had no problem.
5.3 DURATION OF LOAD
To use them as structural members, the allowable strength
under the duration of load is required. The strength
adjustment coefficient with respect to duration of load
(DOL) provides the allowable strength under the long
term load. The glulam made of used short lamina was
certified to be equivalent to or better than those of virgin
short laminas. So, the strength adjustment coefficient with
respect to DOL can be considered to be equal to or larger
than the ordinary glulam whose strength adjustment
coefficient with respect to DOL is between 0.5 and
0.53[1].
On the other hand, the finger-jointed square lumber made
of the used lumber was certified to be equivalent to or
better than that of virgin lumbers, as mentioned above. So,
the strength adjustment coefficient with respect to DOL
of it can be considered to be equal to or larger than that
made of virgin lumber. However, the finger-jointed
square lumber made of virgin lumber was unknown.
Therefore, the creep fracture tests under the duration of
load were conducted in the laboratory with the constant
condition of 20 +/- 2 degrees centigrade and 65 +/- 5 %
relative humidity, as shown in Photo 11. At first, in order
to determine the maximum bending load of the fingerjointed square lumber, the bending tests of 50 specimens
were conducted. The regression line between the MOE
and MOR was obtained by the results of bending tests, as
shown in Figure 10; see Equation (1). The load applied to
the specimen were determined by the value which was
calculated with MOE of the specimen by the regression
formula.
MOR = 2.93MOE + 3.99 (R2 = 0.34)

(1)
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Photo 11: The creep fracture tests under the duration of load
in the laboratory with the constant condition of 20
+/- 2 degrees centigrade and 65 +/- 5 % relative
humidity.
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Figure 11: Relationship between time of load duration and
stress level of finger-jointed square lumber.

6 COMPARISON OF BOTH RECYCLED
AXITIAL MATERIALS
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The differences between the finger-jointed square lumber and
the glulam made of used short lamina could be summarised as
Table 3.
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Figure 10: Regression line between MOE and MOR of fingerjointed square lumber manufactured by virgin wood.

The stress levels were decided as 90, 80 and 70 %. The
time to fail in each stress level were shown in Figure 11.
The regression line between the average time to fail and
the stress level could be draw as shown in Figure 11. The
line was extended to the point equivalent to the 9.2 power
of 10 second, corresponding to 50 years, according to the
measurement method of the strength adjustment
coefficient with respect to DOL [3]. The vertical
coordinate of the point could be read as 44%.
As a result, the coefficient of DOL was about 0.44 which
was less than the Wood’s curve [2] and the value provided
to ordinary glulam by the Building Standard Law of Japan.

The time to remove foreign matters of glulam were more
than finger-jointed square lumber, because all foreign
matters have to be removed for glulam in order to saw the
used lumber into lamina. On the other hand, the portion
which foreign matters concentrated could be cut and be
spoiled in the finger-jointed square lumber.
The yield ratio of the finger-jointed square lumber was
more than that of glulam. It is the reason why the glulam
targeted the beam and perfected the quality control
including the grading of lamina and removing of defects.
MOE of the finger-jointed square lumber was higher than
that of the glulam, because the glulam was made from
Japanese cedar which has lower MOE than the Douglas
fir or Western hemlock of the finger-jointed square
lumber.
MOR of the finger-jointed square lumber was higher than
that of the glulam. However, though MOE of glulam was
low, the MOR of it was relatively high.
The coefficients of variety of MOE and MOR of the
glulam made of used short lamina were lower than those
of the finger-jointed square lumber because of the perfect
quality control.
Table 3: The differences between the finger-jointed square
lumber and the glulam made of used short lamina

Yield ratio
Time to remove
foreign matters per
finished volume
MOE in
Ave.
Bending
COV
Bending
Ave.
Strength
COV

Finger-jointed
square lumber

Glulam made
of short lamina

265 min.

592 min.

13.4 kN/mm2
16 %
46.0 N/mm2
23 %

7.1 kN/m2
13 %
34.9 N/mm2
19 %

23 %

12 %
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7 CONCLUSIONS
As ways to recycle the wood waste into structural axial
material, the finger-jointed square lumber and the glulam
made of short laminas were tried. We succeeded in
manufacturing both axial materials in spite of hard
working in removing the foreign matters. Results could be
summarised as follows.
1) The yield ratio of the finger-jointed square lumber
and the glulam made of short lamina were 23 % and
12 %, respectively.
2) The MOE in bending of the finger-jointed square
lumber and the glulam made of short lamina were
13.4 kN/mm2 and 7.1 kN/m2, respectively.
3) The MOR in bending of the finger-jointed square
lumber and the glulam made of short lamina were
46.0 N/mm2 and 34.9 N/m2, respectively. However,
though MOE of glulam was low, the MOR of it was
relatively high.
4) The MOR of the finger-jointed square lumber was
approximately equivalent with the finger-jointed
square lumber made of virgin lumbers.
5) The MOR of the glulam made of used short lamina
was higher than the value specified by Japan
Agricultural Standard of glulam.
6) The coefficients of variety of MOE and MOR of the
glulam made of used short lamina were lower than
those of the finger-jointed square lumber because of
the perfect quality control.
7) The strength adjustment coefficient with respect to
duration of load of the finger-jointed square lumber
made of virgin lumber was about 0.44. It was lower
than the value of the ordinary sawn lumber or glulam.
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GENERAL SYSTEMATIC FOR A DESIGN FOR RECYCLING–GUIDELINE
FOR WOODEN WINDOWS AND WOOD ALUMINIUM WINDOWS
Alfred Teischinger1, Jasmin Kalcher1, Erwin Salzger1, Gabriel Praxmarer1, Manfred Vanek1

ABSTRACT:
The development of products that can easily be recycled in a high-grade manner after their service lives is an important
contribution to the circular economy intended by the European Union. In this paper, a guideline is presented that shall
contribute to the circular economy by giving answers to the question how wooden windows/wood-aluminum windows
can be designed, which not only fulfil the requirements of the ÖNORM EN 14351-1 (Windows and doors - Product
standard, performance characteristics), but also allow an economic high-grade recycling of the main components (in
particular the wooden ones) after the service life of the window. For this purpose, information, concrete instructions and
decision-making aids for the product development are prepared, including design recommendations concerning
material, connections, structure, and geometry of components as well as recommendations for the creation of a product
documentation focussed on instructions for assembling, disassembling, repair and maintenance. Furthermore, the
guideline provides a calculation scheme which allows the assessment of economic effects of different end-of life
pathways.
KEYWORDS: Design for Recycling, Recovered Wood, Cascading, Wooden windows, Wood-aluminium windows

1

INTRODUCTION 1

The European Union intends to develop a “sustainable,
low carbon, resource efficient and competitive
economy”. The proposed approach to reach this aim is
the implementation of a circular economy, “where the
value of products, materials and resources is maintained
in the economy for as long as possible, and the
generation of waste minimized” [1]. One important
contribution towards a circular economy is the
development of products that can easily be recycled in a
high-grade manner after their service life.
In various industry sectors, such as in the automotive
sector or in the electronic and communication industry,
framework directives for recycling oriented product
development were created which give the product
managers corresponding instructions for the product
development to facilitate the later recycling. One good
example for such a framework directive is the directive
2243 of the Association of German Engineers (VDI)
which contains concrete recommendations and examples
for improving the recyclability of automotive parts [2].
This guideline helps to reach the legally prescribed
recyclability and recoverability rates whereby a car “may
be put on the market only if it is reusable and/or
1
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recyclable to a minimum of 85 % by mass and is
reusable and/or recoverable to a minimum of 95 % by
mass” [3].
In the building industry with its comparatively durable
building components, resource efficiency and recycling
is gaining in importance, too. In the Construction
Products Regulation of 2013, the "sustainable use of
natural resources" has been added as a seventh basic
requirement [4]. Thereby, an essential process towards
resource efficiency, recycling and dismantling was
initiated in the building industry. In recent years a
number of studies has focused on methods for the
recycling-oriented non-destructive deconstruction of
existing buildings or building components to replace the
common demolition of buildings [5–8]. Those studies
have shown that a large part of the existing buildings or
building components could be deconstructed in a nondestructive way. Nevertheless, the high-grade recycling
of wooden building products still is largely
underdeveloped
and
it
largely
ignores
the
environmentally preferred option of maximizing the
carbon storage potential of wooden materials by their
reuse in solid form, with the subsequent cycling of
reclaimed wood in as many steps of a material cascade
as possible.
As one reason for the low rate of reuse and high-grade
recycling, the challenging decomposability of wooden
products caused by the disregard of a recycling-oriented
design during the development phase of the products was
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identified. To deal with this issue, some authors
developed a general design for recycling or a design for
disassembly recommendation for buildings or building
products. For example Rechberger et al. [9] and
Schneider et al. [10] developed lists of general measures
to be taken for a recycling-oriented design of products in
the building industry, including wooden components.
In the paper presented, this approach is adopted and
further developed. Due to the particular characteristics of
wooden building components it seems to be reasonable
to develop “design for recycling guidelines” for single
wooden products or product groups on the basis of
existing recommendations or guidelines from the
building industry or other industrial sectors. In this paper
a systematic for a guideline is presented that shall
contribute to the circular economy by giving answers to
the question how wooden windows/wood-aluminum
windows and window systems (ww & w-aw) can be
designed, which not only fulfil the requirements of the
ÖNORM EN 14351-1 (Windows and doors ― Product
standard, performance characteristics) [11], but also
allow an economic reuse or recycling of the single
components after it´s intended period of use.
For this purpose, concrete instructions and decisionmaking aids for the product development are prepared
for all those responsible for the ww & w-aw, in
particular the developer and the designer. They are
supposed to deal with issues of reuse and recycling while
developing or modifying ww & w-aw and to set
themselves targets on high-grade recycling, which are
clearly defined and documented.
When the recommendations of the guideline are
considered during the product development process and
when the ww & w-aw is maintained in accordance with
the manufacturer's recommendations during its service
period it will be possible to disassemble the window in
an easy and gentle way so that the main parts (in
particular the wooden parts) can be recycled in a highgrade manner. The recommendations for a design for
recycling-guideline should be seen as a further step to
meet the future requirements towards an ecological use
of building material.
The paper presented is divided into six parts. It begins by
describing important terms concerning possible end-of
life pathways for wooden products. It goes on with
describing important phases of the product development
process and how the decisions made during these
processes influence the reusability and recyclability of
the resulting window. The paper then moves on to
examine boundary conditions influencing the choice of
the end-of life strategy with regard to economic
conditions, and provides a calculation scheme and
equations to decide which end-of life pathway is the
most valuable from an economic point of view. The next
section goes on to provide design recommendations for
material, geometry, structure, and connections of a
ww & w-aw that is optimized for high-grade recycling.
Section 2.4 describes why the product documentation is
of great importance for a successful recycling/reuse of
ww & w-aw, what points the documentation must
contain, and how the information can be provided to the
people responsible for the maintenance and

recycling/reuse of the window. Finally, the last section
discusses where possible conflicts of interest can arise
between a recycling-oriented product development and
further requirements.

2

POSSIBLE END OF LIFE
PATHWAYS FOR WOODEN
PRODUCTS

At the outset it is important to be explicit about what is
meant when we talk about a high-grade re-utilization
(reuse) or recycling of wooden components.
In general a cascading of wooden products should be
aimed at, meaning the sequential re-utilization of the
same unit of a resource for repeated material
applications. In the case of wood and other combustible
materials, the material recycling should be followed by
energy recovery as a final use. To keep a resource within
the circle for as long as possible, it is of importance to
put the used material into the end-of life pathway that
maintains the properties intrinsic for the material in the
best possible way. Every reduction of the material
dimension leads to a reduction of the potential reutilization pathways (“downcycling”) and therefore to a
shortening of the potential cascade [13, 23].
Consequently the more valuable a utilization pathway is
the more of the initial product properties and dimensions
are maintained.
In Figure 1, the wood process chain with its most
important production steps and possible end-of life
pathways for wooden products are illustrated. For
reasons of clarity, not all possible flows are illustrated in
this scheme. Please notice that during every processing
step by-products or wood waste are generated which are
led back into the product cycle, and that every
processing step affects the environment by emissions,
waste heat, dust etc.
The EU-Waste framework directive distinguishes
between the terms re-use and recycling. While re-use is
defined as “any operation by which products or
components that are not waste are used again for the
same purpose for which they were conceived, the term
recycling “means any recovery operation by which
waste materials are reprocessed into products, materials
or substances no matter whether for the original or other
purposes. It includes the reprocessing of organic material
but does not include energy recovery and the
reprocessing into materials that are to be used as fuels or
for backfilling operations” [14]. Those definitions
consider the direct reuse of products (if referred to as
reuse or as recycling depends on the waste status of the
product), remanufacturing of reusable components,
reprocessing of recycled material, as well as the
regeneration of chemical raw materials as illustrated in
figure 1. A more precise description of the particular
end-of life pathways is given below. Figures between
brackets are in accordance with the numbering of
possible end-of life pathways shown in Figure 1.
The direct reuse (1) proposes the renewed use of used
wooden products for the same intended use as
previously without or with restricted change to the
product after a reworking process (general overhaul).
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A further option for material recycling is the product
demanufacture where a wooden product is disassembled
into its components which are subsequently
remanufactured (2) or reprocessed (3). Remanufacturing
(2) means that suitable components of a product are
graded, processed and led back into the product cycle as
components for semi-finished products or product
manufacturing after disassembly. Utilization is usually
realized for the same intended use as previously
(window frame is used as window frame again) as the
initial properties of the wooden components (e.g.
dimension) shall be retained; thus the use for other
purposes is not excluded in principle. In the utilization
Saw/veener logs
Silviculture
Ind. roundwood
Harvesting
Forest residuals

Material
processing

Semi-finished
products

3
processing
Environment: air,
sea, land (forest
resources)

Product
manufacturing

Distribution

1

2
grading,
processing

general
overhaul

Components

Product

Use

4
Substances

Disposal

pathway reprocessing (3), the modules or parts of a
product are graded, reduced into smaller pieces and led
back into the material processing as raw materials for the
production of solid wood products, glue laminated
timber, particle-based or fibre-based products.
The last stage of a wooden product within the material
recycling should be the regeneration of chemical raw
materials (4). In this utilization pathway, waste wood is
fractionated into its principles cellulose, hemicellulose
and lignin and converted into raw materials or complex
intermediates for the chemical industry (biorefinery)
[15].
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Take-back +
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grading
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Direct reuse
Remanufacture of reusable components
Reprocessing of recycled materials
Monomer/raw material regeneration1

Fig. 1: Possible end-of life pathways and product or material cycles for wooden products within a cascading use (based on [22],
[23], and [14])

3

GUIDING PRINCIPLES

Weather windows or single window components are
suitable for an economic and high-grade recycling is
mainly influenced by decisions that are made before the
product is manufactured. Other important factors are
maintenance and repair measures during the service life
and finally the handling of the window after its end-of
life. Therefore, this section presents recommendations
how to create optimal conditions for a high-grade
recycling of ww & waw with regard to the product
development process, boundary conditions, and design
and product documentation.
3.1

PRODUCT DEVELOPMENT PROCESS

A modern development of technical products is
characterized by a number of intermeshing, to some
extent simultaneous, development phases. The actual
product development can generally be broken down into
the three phases “strategic development”, “preliminary
development” and “mass-production development” [2].
In each of these sub-processes decisions are made that
influence the recyclability of the resulting window.
However, in the course of the product development
process, the options for taking reuse- and recycling

aspects into account decrease with the increasing level of
concretization of the product.
The product development process begins with the
strategic development, in which a product concept has to
be created that describes the product idea in a detailed
way. Market and customer requirements as well as
current and future stipulations such as laws or guidelines
exert the most influence on it. The properties and
functions of the window can be determined by means of
different analytical methods. One suitable method is the
value analysis which is described in detail by [16].
Several factors that influence the considerations and
restrictions of the management, including target
audience, internal company objectives or budget, are
considered in this phase. It is recommended that
declarations about planned service life, maintenance and
repair are made, and that concrete target values for
reusability and recycling rates are set for each product or
product group. Referring to the weight of a wooden
window frame these target values could be defined as:
At least 80 % suitable for the remanufacture of reusable
components (e.g. renewed use as window frame after
treatment process), further 15 % suitable for
reprocessing of recycled materials (e.g. in particle board
industry), and under 5 % wood that is only suitable for
energy generation. All requirements may be written
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down in the requirement specification. By analyzing
precursor or competitive products, weak points with
regard to suitability for high-grade recycling can be
determined, and optimization potentials for the product
or individual components can be derived and
implemented. Mainly the management and customers
have influencing roles here.
In the preliminary development phase, a rough draft of
the ww & w-aw with approximate dimensions and all the
necessary elements is designed. The objectives and
requirements result from the requirement specification
and the value analysis developed in phase one. In the
second phase, decisions about the used materials and
surface treatments, the arrangement of the components,
and the realization of the connections are made.
Moreover, the geometry and the fabrication concept are
defined. All these decisions significantly influence the
possible end-of life pathways of the window. In section
3.3 you find more detailed information on design
recommendations for a design suitable for high-grade
recycling. Another part of this phase is a dismantling
simulation and analysis. It has to be verified that the
target values set in phase one can be achieved. When the
design measures are in harmony with all other
requirements, the draft can be approved. Usually the
product developer or designer is responsible for the draft
and all decisions going along with it. The product must
be designed in such a way that the highest possible
recycling-based value creation is achieved with the
lowest possible expenditure.
At development phase three, mass-production
development, the component-drawings are created, so
that a prototype can be constructed. In this phase the last
detailed decisions are made, for example the dimensions
of the connectors, the surface coating, the holes for the
fittings or the cross-section geometry of the frame. The
prototype is tested, and a detailed dismantling process
has to be planned and executed. When the massproduction approval is granted, the product
documentation has to be written, which contains the
recycling relevant product characteristics. More details
on the product documentation will be given in section
3.4. At this development stage, the recycling
characteristics of the window can be influenced only by
means of great expenditure in terms of time and costs.
For this reason, no more fundamental design measures
should be taken. The steps of phase three are normally
carried out by the constructor or by the product
developer.
Figure 2 summarizes the decisions and results that are
made during the individual phases of the product
development process and names the main decision
makers.

Figure 1: Decisions, results and decision makers of the three
phases of the product development process (based on [2]).

3.2

BOUNDARY CONDITIONS

A variety of boundary conditions influences the decision
how a wooden component is treated after its service life
including legal, technological, economic, market specific
and social factors. One of the central criteria of a profitmaking company's perspective is the economic effect of
a measure. Therefore, this section provides tools for
comparing two end-of life options of a ww & w-aw from
an economic point of view. A detailed description how
economic, legal, technological, market specific and
social factors set the framework conditions for the end-of
life strategy of wooden products can be found by Salzger
2016 [17].
3.2.1

Economic conditions

The VDI guideline 2243 provides formulas for
comparing the financial effect of reuse and recycling
measures with the disposal of different materials [2]. In
this paper, the formulas provided in the VDI 2243 are
adjusted to the characteristics of ww & w-aw.
Equation (1) describes the components recyclability
KEK. The result of the calculation is the ratio between
the costs arising during the disposal of the old
component plus the costs for procuring a new
component, and between the costs that arise when the
existing component is remanufactured and reused for the
same purpose. A component can be reused economically
if KEK > 1.
Costs of new part + dismantling and
disposal costs in €
KEK=
Reuse costs of old part in €

(1)

Where “Reuse costs of old part” = costs for dismantling
+ costs for demanufacture + costs for processing + costs
for logistics
In Table 1 relevant costs and revenues are presented that
are needed for calculating the KEK of the window sash.
The values specified in Table 1 were estimated in
cooperation with a window frame manufacturer and
supplemented with numbers from one´s own time studies
[17].
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In Eq. 2 the economic effect of reusing the frame of a
wood-aluminium-window (1.5 x 1.5 m) is calculated.
KEK=

€ 140.00 + € 9,30 + € 1.50€
€ 9.30 + € 6.60 + € 46.00 + € 25.00

= 1.74 (2)

The costs of the new window frame and the costs for the
disposal of the old frame are compared (150.80 €) to the
costs that would arise when reusing the old frame after
preparation again (86.90 €). In this example, it offers
economic advantages to dismantle and demanufacture
the window and reuse the wooden frame, as KEK
calculated in Equation (2) is > 1. Further revenues for
the other components (pane, fittings, aluminum cladding,
seals) have not been considered in this calculation.

Through constantly changing costs for working hours,
raw materials, end products, energy, and disposal the
result of this calculation may change during the service
life. Therefore, the result should be seen as a trendsetting reference value.
The equation and calculation scheme presented in this
paper compare the end-of life strategies remanufacture
of reusable components and disposal. However, it is
possible to use the same approach for comparing other
possible end-of life strategies to determine the most
valuable one. One example would be the comparison of
remanufacture of reusable components and reprocessing
of recycled materials.

Table 1: Cost summary for dismantling costs of different end-of life strategies for ww & waw, based on [2] and [17]

Costs of new products
Disposal costs
Dismantling

Demanufacture (sash)

Processing
Logistics

3.3

wood only
wood only
preparation (tools, protective foil)
removing indoor and outdoor window sill
unhinging and carrying away the sash (2 pers.)
loosen the assembly screws
cutting out the frame
removing the frame parts
cleaning the workplace
removing the glass stop
taking out the pane (2 pers.)
opening corner connections
separating the frame components
removing fittings and impurities carefully
remanufacturing the frame parts (planing,
milling, re-gluing, finger jointing)
transport, storage

RECOMMENDATIONS FOR RECYCLINGORIENTED DESIGN

An adequate “Design for Recycling” that improves and
guarantees a high-grade recycling of a ww & w-aw must
consider different aspects concerning material,
connections, structure and geometry of the particular
components (e.g. frame, sash, fittings, claddings, seals).
In this section, measures are listed and described which
can improve the reusability and recyclability of
ww & w-aw. Table 2 sums up the design
recommendations for material, connections, structure
and geometry of ww & w-aw figured out during our
research. The design recommendations in italics are
explained in the following section more detailed.
However, it should be noticed that the table represents a
collection of potential measures that can be taken to
improve the high-grade recyclability of ww & w-aw.
The question which concrete measures and combinations
of measures are the most suitable for a specific project is
a case-by-case decision.
The first important factor that affects the
reusability/recyclability of a window after its service life

60 s =
90 s =
180 s =
6 x 10 s =
120 s =
60 s =
180 s =
4 x 40 s =
150 s =
4 x 20 s =
120 s =
600 s =

0.60 €
0.90 €
3.60 €
0.60 €
1.20 €
0.60 €
1.80 €
1.60 €
3.00 €
0.80 €
1.20 €
6.00 €
40.00 €

140.00 €
1.50 €

9.30 €

6.60 €
46.00 €
25.00 €

is the choice of the material. In general, the following
questions should be answered before choosing a material
for a certain purpose:
(1) What properties must the material have for the
intended
purpose
(e.g.
strength,
hardness,
color/transparency, durability, thermal conductivity,
haptics)?
(2) What materials meeting these requirements are
available and at what prices?
(3) Are there materials among the eligible ones which
are easier to maintain, recycle or reuse?
The design recommendations provided under the
heading material in Table 2 primarily refer to the frame,
but are also applicable for other window components
(pane, seals, fittings etc.).
One important recommendation concerning the material
is to minimize the number of different materials used. A
smaller number of materials is usually combined with a
smaller number of connections (see next point) and
simplifies the material organization and sorting process.
Another point that improves the recyclability/reusability
of the wooden parts is to avoid toxic or potentially
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harmful materials (e.g. certain wood preservatives).
According to national standards (e.g. DIN 68 800,
OENORM B 3803) constructional measures should take
precedence over chemical wood preservation to prevent
timber decay. This can be achieved by using wood
species with a suitable class of resistance (at least 3-4)
and wooden pieces with a low percentage of sapwood
(<=5%) for the weather site. For finishing and coating,
eco-friendly secondary finishing should be used.
A window is – compared to other building components –
a rather complex product that consists of a number of
materials, components and parts. Those are joined with a
variety of connections which have an important
influence on the decomposability of a product, and thus
on the recyclability of the window modules or parts.
When materials or components are connected in a way
that makes a non-destructive disassembly impossible or
complex, the option “remanufacture of reusable
components” reduces or even loses its competitiveness
with the options “reprocessing of recycled materials”
and “energy generation” (see also section 3.2.1).
Product developers should therefore consider how a nondestructive separation of
• the profile,
• the corners, and
• different parts:
- frame with pane
- frame with fittings
- frame with clad
- frame with seals
- seals with pane
- frame with building
can be realized.
One connection that could be optimized comparatively
easily is the connection between sash (wood) and pane
(insulating glass). Currently, the common method to join
frame with pane is a silicone joint (wet glazing) that
makes a fast, clean and non-destructive separation of the
components time-consuming. An alternative method to
join frame and glass in a way that allows an easy
separation of the components would be the use of a
sealing profile (dry glazing) instead of a silicone joint.
The structure of the window frame and its components is
certainly another factor influencing the choice of the

end-of life pathway. The heavy weight of modern
windows for example, was identified as one important
barrier towards an economic and high-grade recycling of
ww & w-aw. A modern wooden single window with
triple insulating glazing with the dimension 1.23x1.48m,
for example, weighs approx. 65 kg (calculation based on
[18]). The gentle disassembly of the window and the
careful transport from the place where the window was
disassembled to the central collection point of the
construction site is made difficult and time-consuming
by the heavy weight of the window.
It was also found that the actual life-time of ww & w-aw
can substantially be increased when parts like fittings or
insulating glass (leaky) can be replaced easily. In order
to allow an economic replacement, it is very helpful for
the product developers to use a disassembly hierarchy
that is connected with the components lifespan and when
spare parts and on site storage for them are provided.
The geometry of the window was found out to be another
factor influencing its reusability/recyclability. A
geometry that makes up a bigger cross section when put
together with an opposite frame component can be
another step to make the remanufacture of components a
competitive option. With this approach, reusable frame
parts could be separated from damaged ones without
great effort and put together with new or used opposite
components (Figure 2).

Figure 2: Composable cross-section of a frame
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Table 2: Design recommendations regarding material, connections, structure and geometry of ww & w-aw which are suitable for
high-grade recycling options

Material
Minimizing the number of different types of material
Using materials which can be recycled economically
Avoiding toxic or potentially harmful materials, e.g. wood preservatives
Use of eco-friendly secondary finishing and coating
Providing permanent identification of the material (wood species, durability, treatment, strength class)
Using lightweight materials and components
Connections
Connecting different materials in a way that enables an easy disassembly
Using mechanical connections rather than chemical ones
Making chemical bonds weaker than the parts being connected
Using the smallest possible diversity of connectors
Preferring snap connections where possible to screw connections
Marking snap connections in a way that the principle can be recognized quickly
Realizing corner connections by means of eccentric connectors, which are already common in the furniture
industry
Preferring dry glazing to wet glazing
Preferring subframe to direct mounting
Structure
Arranging components in a way that they can be exchanged easily (especially wearing parts, seals, pane,
fittings)
Using standard assembly technologies
Separating the structure of constructive elements from casements or coatings
Providing access to all parts of the building and to all components
Choosing component size and weight in a way to assure easy handling
Using a disassembly hierarchy connected with the lifespan of the components
Providing spare parts and on site storage for them
Using gradual window dimensions in 10cm-steps
Permanently identify point of disassembly
Geometry
Minimizing the number of different types of components (dimensions and geometries)
Choosing simple geometries which are producible with little molding losses
Choosing a geometry that makes up a bigger cross section if put together with an opposite frame component
3.4

PRODUCT DOCUMENTATION

Due to the comparatively long service-life of ww & waw, a product documentation containing instructions for
correct installation and disassembly, proper use and
competent maintenance and service measures, is
essential for a cascaded use of the window or its
components/parts. Figure 3 sums up the different
sections that should be included in a product
documentation and names examples for important
contents. In the following, the structure and content of a
product documentation is explained in a more detailed
way.
In general, a product documentation should present its
content in a systematic and structured form and the
intelligibility of the instructions should be improved
through images, videos and related descriptive texts [19].

The general part of the product documentation should
contain the exact product identification and precise
technical data of all modules used. Also the contact
details of the producer or service partners should be
included in this section.
Specifications for the installation of windows are defined
in national standards (e.g. OENORM B 5320 in Austria).
In addition, most window manufacturers already prepare
step-by-step instructions as well as a list of required
tools and materials for the installation of ww & w-aw.
Regular service, repair and maintenance measures can
make a significant contribution to the lifetime extension
of windows; therefore, instructions on the correct
treatment of the window during its lifetime are of great
importance. General specifications for the control and
maintenance of (wooden) windows can be found in
national standards (e.g. OENORM B 5305 in Austria).
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Those specifications should be supplemented with
concrete instructions and recommendations valid for the
present window. Recommendations for eco-friendly
surface coatings and their application intervals for the
use under standard conditions are good examples of
useful additions to the general specifications. Also the
procedure for the exchange of wear parts and the
treatment of traces of wear such as scratches should be
described user-adequately. Optimal tools and materials
for service, repair and maintenance measures should be
mentioned, as well as where to get spare and wear parts
for the present window.
The instruction for dismantling and disassembly supports
the persons responsible for the dismantling and recycling
process of the window and gives suggestions for possible
end-of life strategies for the present window or its
components/parts. This part of the product
documentation should start with a list of necessary tools
and materials for the dismantling and demanufacture
process. If possible, the use of special tools should be
avoided,
as
it
makes
the
careful
dismantling/demanufacturing a less attractive option.
Afterwards, the required initial state for disassembly and
the individual steps with any important notes should be
described and illustrated. Finally, this section should
contain how the components can be brought to a reuse or
recycling, for which purposes they can be used, and with
which methods they should be treated.
Product documentation for the use of the window
General part
- Contact details of manufacturer
- Scope and unique product designation
- Precise product specification regarding materials of the
modules (including wood species, adhesives, coating type
etc.), year of construction, type of glazing, profile dimension,
U-values, …
Installation
- Reference to
applied standards
- Required
tools/materials for
installation
- Step-by-step
instruction for
preparation of
workspace and
installation

Utilization
- Reference to
applied standards
- Exchange of
wear parts
- Treatment of
traces of wear
- Optimal tools
and materials for
maintenance
- Supplier of spare
and wear parts

End-of life
- Reference to
applied standards
- Required initial
state
- Tools/materials
for disassembly
- Step-by-step
instruction for
disassembly
- Intended end-of
life strategy

Figure 3: Important sections and contents of a product
documentation

It has to be considered that it may take several years
until the information included in the product
documentation will be needed. Therefore, the
instructions should not just be delivered as a hardcopy
with the product, but also be available as a PDF or
website. Technologies, such as RFID (radio-frequency

identification) and QR-codes (quick response code) that
can directly be arranged on the window will enable the
direct assignment of a specified window to its
instructions. Those identifications directly put on the
window must be long-lasting (technically or optically
readable after 25 years and more), and well positioned
(not disturbing and protected against demolition). The
creation of a “building pass” as prescribed by
Rechberger and Markova [9] would be another way to
make the permanent identification of building
components and the assignment to their instructions
possible.

4

CONCLUSION / DISCUSSION

In the previous section, a variety of recommendations for
designing a window suitable for high-grade recycling
options has been presented. However, it should be
mentioned that certain design for recyclingrecommendations could give rise to conflicts with other
requirements and current trends. One example would be
the conflict between increasing requirements on thermal
insulations of window frames (Uf) and a minimized
number of materials/parts. In the past, higher
requirements regarding the thermal insulation of
windows lead to significant improvements of the thermal
transmittance (U-value), mostly by reducing the U-value
of the insulating glazing (Ug). However, current energy
saving
regulations
(e.g.
the
German
Energieeinsparverordnung)
and
promotional
programmes provide further improvements concerning
the insulation of windows. This shall be reached not only
by further improvement of the insulating glazing but also
by reducing the U-value of the frame (Uf). Therefore,
several window manufacturers already offer windows
constructed in a multi-layer way, with different organic
and inorganic insulating materials within the sash.
Another way to improve the thermal insulation of
windows is the integration of insulating materials into
the dummy frame (Blendrahmen) [20]. From a
cascading-oriented point of view, the integration of an
additional layer consisting of non-wooden components is
not an optimal solution as an increasing number of
materials and parts leads - inter alia - to a higher effort
for demanufacture and grading. A multi-layer structure
of the sash consisting of inner, central, and external layer
as proposed by the Ift Rosenheim could be a better
option [20]. Here, the (invisible) central layer could
consist of wood species with low gross density and low
thermal conductivity (e.g. poplar) or of modified wood.
On the other hand, this increasing variability of woodspecies and combinations with non-wooden materials
within one window, points out the importance of a
durable product documentation.
Some national laws on the use of waste wood, e.g. the
German Waste Wood Ordinance [12] assume the
wooden parts of a window usually to be treated with
wood preservatives and therefore ban this assortment
from a material recycling in the particle board industry.
Consequently wooden window frames currently arising,
are usually burned in biomass heating/power plants with
special filter systems or in incineration plants [21]. For
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the future it can be assumed that fast and affordable
detection methods for identifying treated wood will
become state-of-the-art and that the share of waste
windows not treated with wood preservatives will rise. It
would therefore be advisable that the legal situation is
adapted to facilitate a multi-level cascaded use of
window frames.
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A NEW MODULAR PREASSEMBLED TIMBER PANEL FOR THE
ENERGY RETROFIT OF THE HOUSING STOCK
Francesco Pittau1, Laura Elisabetta Malighetti2, Gabriele Masera3, Giuliana
Iannaccone4
ABSTRACT: This paper is focused on the design of a modular preassembled timber panel for the retrofit of pitched
roofs. There are several benefits in substituting the existing roofs with preassembled timber modular panels: an
optimization of the duration of the on-site work during the construction phase, a lower cost of on-site installation, a
better control of the hygrometric performance of the elements, and, generally, a better quality of the built asset. The
main objective of the work is to develop a solution which contains a high percentage of recycled materials and can be
easily produced and assembled by non-skilled workers of social cooperatives. Appropriate studies of the technological
details, as well as structural and economic analyses were carried out in order to optimize the manufacturing process and
the onsite installation. Finally, in order to measure the affordability of the developed solution a multi-storey residential
building located near Milan was considered as case study.
KEYWORDS: Building refurbishment, Timber construction, Wood, Energy retrofit, Roof

1 INTRODUCTION 123
The renovation and the energy retrofit of the existing
buildings is becoming a fundamental task for the
construction sector in the next future. According to the
recent market surveys, in Europe nowadays roughly 50%
of economic activities of the construction sector are
strictly related to refurbishment [1].
The energy improvement of the building stock realized
in the last 50 years, mostly represented by low insulated
buildings with obsolete heating systems, is an urgent
mission in order to meet the goal of a significant
reduction of the GHGs emissions and energy
consumptions. In EU, the building sector is responsible
for roughly 40% of the total primary energy
consumption, on which only the residential sector
accounts for almost 63% [2]. As shown in Figure 1, the
total share of buildings realized in the periods 1945-1970
and 1970 -1990 accounts for roughly 70%, while the
annual rate of new constructions realized after 1990 is
quite low, less than 1% [3]. Thus, in order to achieve the
EU 2020 target, a significant reduction of the carbon
emissions can be achieved only through a large-scale
retrofit of the housing stock.
Many European Countries, in order to meet the EU
objectives, are assuming in their building retrofit plans
advanced scenarios based on more than one renovated
1 Francesco Pittau, Politecnico di Milano, Polo Territoriale di
Lecco, Via Previati 1c, 23900, Italy, francesco.pittau@polimi.it
2 Laura Malighetti, Politecnico di Milano, ABC Dept., Italy
3 Gabriele Masera, Politecnico di Milano, ABC Dept., Italy
4
Giuliana Iannaccone, Politecnico di Milano, ABC Dept., Italy

dwelling per minute by 2050. These ambitious programs
aim to revive the construction sector through the
promotion of the energy efficiency of the obsolete
buildings [3].
0.8%
27.8%
36.6%

Pre-1945
1945-1970
1970-1990
1990-Present

34.8%

Figure 1: Date of construction of the European building stock

In the last years, several industrial approaches have been
already developed and tested in order to increase the
efficiency of the renovations reducing effectively the
costs.
In a modest economic growth and productivity context,
the real estate sector needs to be reorganized around the
new concept of “deep retrofit”, where the
industrialization of the building renovation can play a
key role in the refurbishment market. The rapidity of the
renovation work, as well as the cost reduction, is an
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Millions of m2

important factor of competitiveness. Generally, the
prefabrication is considered an efficient solution able to
significantly reduce the construction time without
decreasing the quality of the renovation work.
The data collected in the reports of the TABULA
European project [4] show that in Italy approximately
64% of the housing stock is built of masonry and the
multi-family buildings with pitched roofs are the most
representative building typology, especially in northern
Italy, which accounts for roughly 60% of the existing
housing assets.
As shown in Figure 2, according to a recent market
statistics on the building refurbishment and maintenance
activities [5], the investments in research of new
advanced construction systems for the retrofit of the
roofs is strategic to promote the development of the
construction sector.
40
35
30
25
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15
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5
-

Sloping
External External
Sloping Flat Roofs Flat Roofs
(new
Walls (new Walls Roofs (new Roofs
(existing
buildings) (existing buildings) (existing buildings) buildings)
buildings)
buildings)
North-west

North-east

Middle

South

Islands

Figure 2: Geographic distribution of the Italian construction
market in 2010

In particular, the pitched roofs account for a stock of 841
million square meters, and for more than half of the
stock a planned maintenance activity never occurred
along the last 12 years. Thus, the potential investments
on this part of the building envelope are relatively high,
with a share of 387 - 412 million square meters that is
expected to be renovated in 2020 [6].

Figure 3: Predicted scenario for the Italian construction
market in 2020

2 STATE OF THE ART
Over the last years, the business and the planning
policies of many European Countries have focused with
increasing interest on the topic of the building
prefabrication. The prefabrication-based systems are able
to provide an immediate response to the housing needs both new and renovated houses - and to the related social
services. Nowadays, in terms of quality, many
interesting results have been obtained, allowing many
constructors to promote technologies that can provide
extremely valid solutions to the different housing
problems.
In the last decades, the prefabrication has lost the
characteristics of anonymity and seriality typical of the
first experimentations of prefabricated social houses
realized in central Europe. Among the prefabricated
building systems, the wood pre-assembled components
are those that are accounting for the largest growth in the
Italian market. Although in many European Countries
(especially in Germany and Austria, but also
Scandinavia and Ireland) the preassembled timber
buildings have been a well-established construction
reality for several years by now, in Italy the total share of
the prefabricated timber houses accounts approximately
2.8% of the housing assets and 8.5% of the total building
stock. This low market share has increased over the past
five years of 400% and a further growth for the next
decade is estimated up to 800% [7].
Thus, the industrialized timber constructions, although
they attracted important investments in the last years,
still account for a very low share of the Italian market,
especially if compared to Austria where the timber
constructions account for roughly 35% of the
construction market.
The benefits in using preassembled timber components
for building constructions are manifold: the
manufacturing costs can be significantly decreased by
the seriality and modularity of the production, while the
rapidity of assembling ensures a short duration of the
onsite construction, without decreasing the structural
stiffness and the thermo-acoustic performances.
Lahmann [8] shows that the developing of models and
construction technologies based on the optimization of
the row materials is becoming a fundamental topic in the
next years. Generally, the prefabricated construction
technologies allow the optimization of the manufacturing
process, as well as decreasing the carbon emissions
during material processing and assembly.
The modular timber constructions, especially if based on
massive wooden elements (plywood, LVL panels, CLT,
etc.), allow the storage of a great amount of carbon into
the structure (almost 50% of the mass) [9]. Moreover,
considering the high seismic resistance, the large use of
wood for the realization of multi-storey residential
buildings may lead to increase significantly the seismic
safety in the next future.
Similarly, Spiehs [10] shows the benefits in the large use
of the preassembled wood-based construction systems in
building. Differently to the traditional construction
systems, which are mainly based on handcrafted
components assembled onsite, the preassembled timber
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construction systems are able to respond positively to the
contemporary needs of living, ensuring high
performances and reliability, as well as saving
construction time and installation costs. Both in new
buildings and in refurbishment and retrofit of existing
buildings several positive benefits in using these
construction technologies can be achieved. Often, in the
refurbishment of existing buildings the need of reducing
the costs of the on-site construction without decreasing
the level of precision of assembly may assume a crucial
priority.
In such a broad overview, the mixed prefabricated
building technologies based on wood-concrete are
assuming an important role, especially in the building
renovation field. Started as consolidation systems for
wooden floors of historical buildings, the wood-concrete
mixed construction systems have been deeply developed
in the last years, representing today a new frontier in the
construction market with several benefits analysed by
many researchers. Crocetti [11] carried out important
studies on the design of a new wood-concrete structural
connection for the realization of composite prefabricated
roofing panels. Similarly, Nechanický [12] conducted
some studies for the development and testing of new
connection systems for wooden modular elements based
on the use of recycled materials, to be applied as internal
floor structures.

concrete (20 cm), air gap (5 cm) and internal brick layer
(10 cm).

Figure 5: The standard plan of the building

The yearly energy consumption of the building, due to a
very low thermal resistance of the envelope (both opaque
and transparent), is significantly high. Moreover, the
geometry of the building is quite simple, as shown in
Figure 6. The volume is compact, with a rectangular area
11 m x 25 m, the facades are regular in elevation and the
pitched roof, accessible only for maintenance, is
ventilated and symmetric, with the east and west
oriented faces approximately 6 m long.

3 CASE STUDY
In this section, an existing residential building located in
Cinisello Balsamo, near Milan, was considered as a case
study.
The building, shown in Figure 4, a three-storey
residential building built in 1971, is included in a large
social housing district in a highly degraded urban area.
Figure 6: North elevation and cross section

For this reason, an energy retrofit was considered for this
case study, based on the application of a modular
construction system that can be easily applied in
substitution of the existing roof.

4 METHODOLOGY

Figure 4: The case study: a multi-storey residential building

The plans were designed based on a standard floor,
evenly repeated in elevation as shown in Figure 5.
Globally, the building contains six flats, two on each
floor with two different sizes.
The load-bearing structure were realized using
reinforced concrete with central columns and external
reinforced concrete walls. The slabs were made of
hollow block floors, while the external walls were based
on 35 cm thick cavity walls made of exposed reinforced

This paper focuses on the engineering process of a
prefabricated panel for roof renovation, made of a high
percentage of recycled material. The modular panels
were designed to be produced by disadvantaged
employees of social cooperatives (type B) located in
northern Italy. The presented component is the final
result of a long consulting activity for a consortium of
cooperatives (Consorzio Consolida) funded by the
Fondazione della Provincia di Lecco Onlus.
The main goal of the work is to identify a new modular
construction system based on a simple technology which
can be managed by disadvantaged persons and
customized on the base of the presented case study.
The methodology for the development of the
prefabricated building component was structured in
different working steps, as shown schematically in
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Figure 7. The work was focused on the different analysis
for the definition of the main characteristics of the
preassembled building component on the bases of the
potential of the market and the needs and limits of the
social cooperatives, main partners of the research
project.

Figure 7: Structure of the working activities for the
development of the preassembled roofing component

In the first phase, a survey of the most common building
products with a high recycled content commonly used in
the building renovations was carried out in order to
provide a complete overview useful in the following
design steps. For each selected product, the
environmental sustainability and economic aspects were
investigated on the bases of a semi-quantitative
evaluation matrix. The selected materials were evaluated
according to the semi-quantitative matrix which takes
into account the following four categories [13]:
A. Supply chain – which includes the distance of
the manufacturing process (from raw materials
extraction to final production), the annual
amount of production and the annual variability.
B. Sustainability – which includes the amount of
recycled materials used for production, the
share of material which can be recycled at the
end of life (EOL), the embodied energy for
extraction and manufacturing and the energy
need for product disposal at the EOL.
C. Economic cost – which includes the cost of
material supply and the cost of production,
divided into: automation of production, time
needed for a complete production cycle (from
transportation to manufacturing to packaging),
cost related to the manufacturing area and cost
related to the storage.
D. Usage - which includes the physical
characteristics, divided into: durability, vapour
permeability, safety; the reversibility of use, the
adaptability to refurbishment and, finally, the
innovation value.

The matrix can be used to compare all the products that
can be integrated in the component (e.g. thermal
insulation materials, waterproof membranes, structural
elements, etc.) and, consequentially, to evaluate the final
assembled component. The minimization of the distance
between the raw materials supply centres and the
manufacturing sites were the most important aspects
mainly taken into consideration, as well as the cost of
availability of the raw material and the economic value
of the production.
Among the materials available on the local market, two
potential categories of resources were selected as
interesting products for the production of the insulation
materials: the urban solid waste collected in northern
Italy and intended for recycling (e.g. plastic, textile
fibres from exhausted clothes, etc.) and the natural raw
materials (e.g. vegetal fibres, wood, marsh reeds, etc.).
Based on the results of the evaluation matrix, the concept
design of the technical element was developed: a woodbased composite panel with a high recycled content to be
installed on the existing structures.
A first base version, here called "HABITAT", was
developed around the concept of an asymmetric nonload bearing panel, created through a multi-cell box by
OSB panels made of aspen or birch. The panels can be
installed and connected onsite on the existing framed
structures. In the internal cavity different types of
insulation products with high content of recycled
material can be easily installed.
The standard structure of the HABITAT panel is shown
in the following Figure 8.

Figure 8: Structure of “HABITAT” roofing panel

1.
2.
3.
4.
5.
6.
7.
8.
9.
10.
11.
12.

Finishing (to be assembled on site);
Secondary wooden battens;
Primary wooden battens for ventilation;
Waterproof membrane;
External insulation layer
OSB panels;
Solid wood batten;
OSB box
Internal insulation;
Vapour control layer;
Wooden planks;
Primary wooden structure (independent of the
panel).

The module, as shown in the following Figure 9, was
developed to cover through a single element the whole
roof from the eaves to the ridge, with a rapid, precise and
economic onsite installation.
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Figure 9: Substitution of an existing roof with the HABITAT
preassembled timber panels

For the realization of the eaves, separated elements were
designed in order to decrease the thickness of the
cantilevering parts. The eaves were designed through the
use of KVH beams with variable section, laterally fixed
to the panel box through special slots on the shorter side.
All the membranes, both the inner membrane with the
function of vapour control layer and the outer waterproof
membrane, were designed to be totally integrated off-site
into the element. This resulted in a detailed study of the
overlaps of the various membranes, in order to ensure
the correct airtightness between the different modules,
avoiding damages due to concentrate leakages.
Similarly, the ventilation battens were studied in order to
be assembled directly off-site within the panel. Based on
this option, two special transverse elements, one on the
eaves and the other on the ridge, were provided for
moving and handling the panel during the transportation
and the onsite installation. Particularly, two galvanized
steel tubular elements were rigidly connected to the OSB
box, in order to support the temporary loads generated
by lifting and positioning during the onsite installation.

windows, roof top protection systems, chimneys,
collectors, etc.). Then, the results achieved with the base
solution were compared with the results achieved with a
“Traditional” timber roof, totally onsite assembled.
Finally, an advanced modular panel, here called “EvoHABITAT”, was developed and following presented.
Contrarily to the base version, in the Evo-HABITAT the
primary timber structure of the roof was totally
integrated in the preassembled panel, with great benefits
in terms of structural performance and optimization of
the construction process.
In order to compare the results achieved from the three
different options, an optimization of the structure and the
used materials for the assembly was conducted for each
option. According to the following calculation, the
geometry of the roof of the selected case study was
adopted, considering a single span of 6 m.
The analysis of the loads were addressed considering a
constant structural spacing (80 cm) between the
secondary structural beams. The dimensions of the glued
laminated (GLH) timber sections were selected on the
bases of the structural spans, evaluated in the limit
between 3 and 7.5 m. For the primary beams, in the case
of the HABITAT solution, where the structure is not
integrated in the panel, a section with a constant base (10
cm) was considered, while the high can be variable from
12 to 24 cm.
For all the spans and the sections analysed in the
different conditions, the service limit loads were
calculated considering both the loads combination at the
Service Limit State (SLS) and at the Ultimate Limit
State (ULS). All the coefficients adopted for the
calculation, both related to materials and actions, are
referred to the EN 1991-1-1 [14] and EN 1995-1 -1 [15].
K-coefficients (kmod and kdef) were considered constant
for every combination.
As shown in the following equations, for the SLS the
frequent combination was considered in the Equation
(1), while in the Equation (2) and Equation (3) the
design shear strength and the design bending strength
were considered as limits at the ULS.

q sk ,lim

Figure 10: A single module of the HABITAT panel, which
integrates separated structure of the eaves

On the basis of the technical and constructive aspects
previously carried out considering a real scale prototype
of reduced size, more detailed analysis for different
scenarios were addressed considering the case study
described above. This led to define the optimal size of
the various pre-assembled modules, in order to better
integrate the most common roofing accessories (roof

EI
⎧
⎪ 0.256 l 3   g1 + g 2  d 
⎪
d  11
⎪
⎪ 4 A*  f vd
 1.3 g1 + 1.5 g 2  d 
⎪⎪
3l
= min ⎨
1.5d
⎪
⎪ 8 f md  Wel  1.3 g + 1.5 g  d 
1
2
⎪
l2
⎪
1.5d
⎪
⎩⎪

(1)
(2)
(3)

where E = Young’s modulus, I = moment of inertia
about the strong axis, l = length of the span, g1-2 =
permanent structural and non-structural loads, d =
distance between the beams (spacing), ψ11 = factor for
combination value of a variable action, A* = shear area,
fvd = design shear strength, fmd = design bending strength
and Wel = elastic section modulus about strong axis.
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Since the level of the municipality where the case study
is located is under the limit of 1000 m.a.s.l. and the snow
is the only variable load which can stress the structure,
the ψ 21 coefficient was not considered in the calculation.
In the following Table 1, the limit loads of the various
structural sections, according to the different considered
spans, are compared. On the basis of the characteristic
snow load of the site (1.6 kN/m2), for the HABITAT
panel the minimum structural section to be adopted for
the frame of the roof is the highest one among those
considered (10x24 cm).

Considering the same insulation thickness, the
permanent loads for this option is reduced, since the soft
insulation is continuous and the additional OSB panels
are excluded from the structure. Thus, as shown in Table
2, the limit load capacity of the primary structure is
higher than the previous case, even if the required
section for the case study is still the same.
Table 2: Traditional timber roof, maximum supported loads

Span (m)
Table 1: HABITAT, maximum supported service load

GLH sections (cm)
10x12 10x16 10x20 10x24
kN/m² kN/m²

Span (m)

GLH sections (cm)
10x12 10x16 10x20 10x24
kN/m² kN/m²

3
3.5
4
4.5
5
5.5
6
6.5
7
7.5

1.78
0.53
-

4.03
2.66
1.76
1.15
-

kN/m²

kN/m²

6.88
4.73
3.34
2.38
1.70
1.19
-

10.32
7.41
5.41
4.03
3.05
2.32
1.76
1.33
0.44
-

The second option analysed is the “Traditional” timber
roof totally onsite assembled.
The reference structure is shown in the following Figure
11.

3
3.5
4
4.5
5
5.5
6
6.5
7
7.5

2.11
1.34
0.11
-

4.36
2.98
2.09
1.48
0.91
-

kN/m²

kN/m²

7.25
5.11
3.71
2.76
2.07
1.57
1.18
0.25
-

10.62
7.71
5.70
4.32
3.34
2.61
2.06
1.63
1.29
0.72

A relevant evolution of the base prefabricated system is
achieved in the “Evo-HABITAT” panel, the last option
analysed in this work. In this advanced system, the GLH
structure is totally integrated in the panel, which became
a complete load-bearing composite system. The structure
is created by a glued rigid connection between the GLH
sections and the upper massive timber beams (KVH).
The composite sections are connected together through
transversal KVH beams, which contains the insulation
and give the needed rigidity to the panel during the
transportation.
The structure of the Evo-HABITAT panel is shown in
the following Figure 12.

Figure 11: “Traditional” timber structure

1.
2.
3.
4.
5.
6.
7.
8.

Finishing;
Secondary wooden battens;
Primary wooden battens for ventilation;
Waterproof membrane;
Internal insulation;
Vapour control layer;
Wooden planks;
Primary wooden structure.

Similarly to the previous option, a structural analysis of
the different sections was conducted in order to verify
the structural limits in the application of this
technological system.

Figure 12: Structure of the “Evo-HABITAT” roofing panels

As shown in Figure 13, the system was designed by
alternating two different panels: to the load-bearing
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10
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7
6
5
4
3
2
1
0
-1 3
-2
-3
-4

qk,lim (kN/m²)

preassembled panel previously described, another
preassembled panel is connected, which consists in a
non-load bearing structure. The panel is realized through
an insulated OSB frame finished internally with wooden
planks, in order to ensure the continuity of the internal
finishing material. These panels are simply mechanically
fixed to the composite beams, which were designed with
particular edges in order to create an efficient onsite
connection.

Structural span (m)
4

5

Evo-HABITAT panel

6

7

8

HABITAT panel

9

10

11

12

Traditional roof

Figure 14: Comparison of the three evaluated options
considering the structural section 10x16 cm and 80 cm of
structural spacing

Figure 13: Scheme of the connection between load-bearing
panels and non-load bearing panel (Evo-HABITAT)

Due to the increased inertia of the composite sections,
the structure realized for this advanced option is much
more efficient compared to the previous ones. As shown
in Table 3, a 10x16 GLH section (in this case only the
lower part of the composite section was taken into
account) is able to support the service loads expected on
the roof.
Table 3: Evo-HABITAT, maximum supported loads

Span (m)

GLH sections (cm)
10x12 10x16 10x20 10x24
kN/m² kN/m²

3
3.5
4
4.5
5
5.5
6
6.5
7
7.5

7.33
5.69
4.15
3.10
2.34
1.79
1.36
1.03
0.77
0.56

8.40
7.07
5.61
4.25
3.27
2.55
2.00
1.57
1.24
0.96

kN/m²

kN/m²

9.48
7.99
6.88
5.61
4.37
3.46
2.76
2.22
1.79
1.44

10.55
8.91
7.69
6.73
5.66
4.52
3.65
2.98
2.44
2.01

Thus, contrarily to the previous two cases, this advanced
prefabricated system is able to decrease the mass of the
structure needed to support the stress (Figure 14), as well
as optimizing the off-site assembly and decreasing the
duration of the onsite construction.

On the bases of these structural analysis here performed,
an optimization of the dimensions and materials quantity
is strictly necessary in order to estimate the
manufacturing costs. Moreover, the definition of an
inventory of the materials, both installed and wasted, is
fundamental in order to minimize the post-production
residues, which is a central issue in a prefabricated
industrial process.
The results shown below are evaluated through the
comparison of the second and third options (EvoHABITAT vs. Traditional timber roof). The evaluation
of the cost and optimization production of the HABITAT
base prefabricated system was not taken into account due
to the relevant limitations in the use of such a system.

5 RESULTS
One of the most interesting aspect related to the
prefabrication of the roofing modular panel is the
definition of the optimal dimension of the module
through an optimization model. The model, based on a
“standard” Evo-HABITAT module 6 m long, was
developed in order to optimize the following base
materials:
- wooden planks;
- insulation panels (low density boards that can
be easily modelled and adjusted inside the
cavity);
- wooden battens for the roof ventilation.
In the following steps, nine different structural spacing
were selected and the material for insulation and internal
finishing analysed in order to evaluate the amount of
waste (residues) produced.
From the market analysis, the common dimensions of
the wooden planks vary from 2 to 5 m, with an
increment of 50 cm for each alternative.
In the next Table 4, the optimized structural spacing is
shown on the basis of the number of the needed wooden
planks. The number in each cell identifies the amount of
processed planks given by each single commercial
element. The adoption of the spacing 1.04 m and 1.54 m
leads to the best results, allowing to optimize the product
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0.80
0.92
1.04
1.21
1.30
1.37
1.54
1.71
1.79

2
2.6
2.3
2
1.7
1.6
1.5
1.3
1.2
1.1

Commercial planks (m)
3 3.5 4 4.5
4 4.6 5.3 5.9
3.4 4 4.5 5.1
3 3.5 4 4.5
2.6 3 3.4 3.9
2.4 2.8 3.2 3.6
2.3 2.6 3 3.4
2 2.3 2.7 3
1.8 2.1 2.4 2.7
1.7 2 2.3 2.6

5
6.6
5.7
5
4.3
4
3.8
3.3
3
2.9

* The gross structural spacing identify the spacing
between the primary beams, which is different of the net
length of the wooden planks.
Similarly, the same analysis was carried out in order to
verify with the same selected spacing the amount of
insulation boards needed to fill the cavities of the panels.
As shown in Table 5, contrarily to the previous case, the
optimization of the material is possible only by adopting
the spacing 1.04 and 1.54. In the other cases, a
production of residues is always expected, with the
maximum share (almost 28% of waste production) if the
0.92 cm spacing is adopted.
Table 5: Evo-HABITAT, optimization of the insulation material

Number
Share
Number of
of
of
Spacing preassembled
insulation residues
panels
boards
(%)
0.80
104
7’032
1.9
0.92
90
7’344
27.8
1.04
78
7’200
0.0
1.21
66
7’488
3.9
1.30
60
7’260
0.4
1.37
56
7’296
1.5
1.54
48
7’200
0.0
1.71
42
7’488
14.8
1.79
42
7’392
4.0
On the bases of the achieved results, a comparison
analysis of the costs for the production of the advanced
preassembled timber panel (Evo-Habitat) and the
“Traditional” timber roofing structure was addressed.
The preliminary cost analysis was conducted considering
only the cost of the products supply, including into the
calculation both the installed materials and the waste.

Cost (€/m²)

Gross structural spacing* (m)

Table 4: Evo-HABITAT, optimization of the wooden planks
length

The cost for the off-site assembly, as well as the cost for
the onsite installation was not taken into account in the
preliminary assessment.
The economic benefit in the use of a preassembled
system is strictly related to the reduction of the incidence
of the primary timber structure. Basically, the adoption
of a dense primary structure integrated in the loadbearing panel leads to an overestimation of the structure,
using more timber material (GL+KVH) than needed for
supporting the expected loads. As shown in Figure 15,
increasing the structural spacing leads to a relevant
decreasing of the cost, with a maximum benefits using a
spacing of 1.54 m.
55.00
50.00
45.00
40.00
35.00
30.00
25.00
20.00
15.00
10.00
5.00
0.00

OSB

0.8

0.92 1.04 1.21 1.3 1.37 1.54 1.71 1.79
Structural spacing (m)

Insulation

Wooden planks

KVH

GLH

Battens

Figure 15: Cost analysis of the Evo-HABITAT construction
system on the bases of different structural spacing

At the contrary, as shown in Figure 16, for a traditional
roof structure increasing the structural spacing leads to a
increased cost of the roof. Even if the structure is
reduced in terms on number of elements, the
deformation of the roof can increase if a high spacing is
assumed. Thus, an increased thickness of the wooden
planks would be required, which affects negatively the
costs.

Cost (€/m²)

through the use of different lengths without wasting
material. In any case, for every option is always possible
to select at least one commercial product to avoid the
waste of material.

55.00
50.00
45.00
40.00
35.00
30.00
25.00
20.00
15.00
10.00
5.00
0.00

0.8

0.92 1.04 1.21 1.3 1.37 1.54 1.71 1.79
Structural spacing (m)
Insulation

Wooden planks

GLH

Figure 16: Cost analysis of the traditional timber roofing
system on the bases of different structural spacing

Finally, for each alternatives a complete cost analysis,
considering both the off-site assembly of the products
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and the onsite installation, was conducted in order to
provide a more accurate overview in the comparison of
the two alternative construction systems. The cost for the
transportation of the materials/components from the
manufacturing centres to the site, as well as the costs for
demolishing and for the waste treatment of the existing
roof, were not taken into account in this calculation.
Similarly, to the previous analysis, the Figure 17 shows a
higher cost of the Evo-HABITAT system if a low
structural spacing is assumed. The cost decreases almost
constantly if the spacing of the structure is increased,
with a minimum value for a spacing of 1.54 m.
€ 102.50

Cost [€/m²]

€ 100.00
€ 97.50
€ 95.00
€ 92.50
€ 90.00

0.8

0.92

1.04

1.21
1.3
1.37 1.54
Structural spacing [m]

Evo-HABITAT

1.71

1.79

Traditional

Figure 17: Comparison of the cost Evo-HABITAT construction
system with the traditional timber roofing system on the bases
of different structural spacing

The above calculation demonstrates that, if an
optimization of the dimension of the panels is
performed, the use of an advanced prefabrication system
for the renovation of the existing roof is a competitive
choice, with a cost which is very close to the cost of a
traditional construction system.
At the contrary, the quality as well as the reliability of
the renovation can increase significantly if a
prefabricated construction system is adopted instead of
an onsite installation-based system, since a better control
of the whole building process is ensured in every single
stage, from the manufacturing to the post-construction.

6 CONCLUSIONS
The industrialized building element here presented is
original, considering what already exists in the market.
The developed panel respects all the required needs, as
demonstrated by the structural tests performed, and it is
easily adaptable to different contexts with a very
competitive cost.
The strong points of the solution designed are manifold.
The use of eco-friendly materials, with a high content of
recycled material and wood-based products, makes the
panel also suitable when a certification of a high level of
environmental quality is required for the retrofit.
The easy management of the various off-site stages for
the assembly in the manufacturing is ensured by the
lightness of the modular panel for which, if compared to
prefabricated elements of equal size, particularly
burdensome equipment for handling and transportation
are not required.
Nevertheless, from the achieved results, some aspects
require further investigations before promoting the

commercialization of the preassembled construction
system. Particularly, the verification of the efficacy of
the connections between the various parts of the OSB
box and the connecting plates for fastening and handling,
as well as the waterproof capacity and the airtightness of
the joints.
Also other more specific economic analyses based on a
wider range of case studies are needed, in order to
estimate a more accurate cost of the retrofit in different
conditions. Furthermore, an application of the
construction system on different case studies is
fundamental even to define the limits of the installation
on the base of different geometries of the roofs (e.g.
problem in connecting the various modules to the
existing structures, thermal bridges solving, specific
problems in coordination and supply management, etc.).
Finally, the verification of the hygrometric conditions
through an appropriate numerical modelling calculation
under dynamic conditions for the evaluation of the
moisture transfer is required, in order to avoid the risk of
degradation of the wooden components due to the water
accumulated internally during the adverse seasons.
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PHYSCO-MECHANICAL PROPERTIES, DURABILITY AND
TREATABILITY OF PINUS UNCINATA FROM THE PYRENEES
Eduard Correal-Mòdol1, Marcel Vilches Casals2, Patrick Langbour3,
Marie-France Thevenon4, Jean Gérard5, Daniel Guibal6
ABSTRACT: Pinus uncinata is a native pine from the mountain zones of Spain and of the centre and west of the Alps.
Since centuries, it has been known that this species presents an excellent structural competence and his heartwood is
perceived as highly durable. Nevertheless, its properties have not been studied in depth. The timber characterized comes
from the French and the Spanish Pyrenees. The study analyses the mechanical and the physical properties of the clear
wood, as well as the durability and the treatability. All the tests were done according the European standards. Pinus
uncinata is soft, lightweight and not as stiff as the native pines of southern Europe. The natural durability was evaluated
and the mountain pine was classified as non-durable. The sapwood wood is treatable while the heartwood is little or
non-treatable.
KEYWORDS: Clear wood, basic properties, impregnability, absorption, retention, mountain pine, sapwood, heartwood

1 INTRODUCTION
Pinus uncinata is a conifer of the Pinaceae family,
commonly known as mountain pine or less frequently
Pyrenean pine. Currently there is no consensus on its
taxonomy because is a morphologically highly variable
species. Nevertheless, the most accepted classification
defines Pinus uncinata as one of the two subspecies of
Pinus mugo: Pinus mugo subsp. mugo and Pinus mugo
subsp. uncinata. Pinus mugo subsp. mugo is a shrub up
to 1.5 meter tall with prostrate growth; meanwhile Pinus
mugo subsp. uncinata is a tree. In fact, compared to the
rest of populations of Pinus mugo, the Pyrenean
mountain Pine presents a high level of differentiation
[14] [20].
According to the data of the IFN2 [24] and the IFN3 [25]
the trees of 25 cm of diameter have an average height of
10 metres and a maximum of 20 metres. The tallest trees
are of 27 metres high and, at most, 80 cm of diameter.
Exceptionally, individual trees of 120 cm of diameter
exist. The shrub form is more common in the Eastern
Europe meanwhile the tree is typical in the Western
Europe and on the Iberian Peninsula forests.
There are presumptions that Pinus uncinata may have
shared genome with Pinus sylvestris in its evolutionary
1
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history as is possible to find hybrid trees of both species
[21] [26]. This usually happens on the upper altitudinal
limit of P. sylvestris, height at which the P. uncinata
starts to appear in the Pyrenees. In fact, the hybrid is so
common that a nothospecies called P. x rhaetica was
defined to refer to these trees [16]. Pinus x rhaetica
populations exist in Spain [22].
Pinus uncinata inhabits the Pyrenean subalpine zone and
has an important forest crop in the French Pyrenees.
About 86% of the woods of the species stand between
1,600 and 2,200 metres above sea level and the total
altitudinal range of the species goes from 1,000 metres
up to 2,400 metres just below the alpine zone [19].
Nowadays Pinus uncinata is more abundant than in the
past because the ancient pasturelands that existed at the
top of the Pyrenean Mountains have turned into forest.
This transformation of the landscape is the consequence
of the change of use of the mountains along the XXth
century. In parallel, many natural areas have been
protected in the Pyrenees to preserve the ecosystems
with high ecological values. The habitat of Pinus
uncinata is usually included in these areas.
Consequently, the exploitation of the forests in which
Pinus uncinata are abundant are under regulation.
The situation of the Pinus uncinata forests in France and
in Spain is different. The two main reasons are the main
orientation of the mountains and the age of the forests.
France is in the north face while Spain is in the south
face; therefore, the insolation degree is different.
Moreover, the French side has Atlantic influence
meanwhile the Spanish is more Mediterranean. Thus, the
Spanish side is sunnier and the trees tend to have more
branches and a slightly lower growth rate because of the
lack of rain. In addition to that, many Spanish forests are
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of first generation unlike the French ones. Thus, the form
of the trees in France is straighter than in Spain. This
affects the growth rate of the trees and therefore the
properties of wood.
The mountain pine was used traditionally in carpentry
and construction in the mountain houses. There are
several reasons for that. It is a local and available
softwood, the stems are straight, it is easy to saw and
work with and the heartwood is considered durable.
Nevertheless, nowadays the use of this timber is in
danger due to current legislation of the structural timber.
Since the approval of the Regulation (EU) No 305/2011
of the European Parliament and of the Council of 9
March 2,011 laying down harmonised conditions for the
marketing of construction products and repealing
Council Directive 89/106/EEC, the construction products
permanently installed on a construction must have the
CE marking [17].
The first step to take to overcome this situation is to
characterize the basic properties of the timber, the
durability and the behaviour towards the protective
treatments. The results obtained will allow improve the
use of this species and have better quality warranties.
The goal of this study is to characterize the physical and
mechanical properties of the Pinus uncinata from
Catalan and French Pyrenees according to the Spanish
standards.
Furthermore,
the
durability
and
impregnability of the wood will be evaluated.

2 MATERIALS AND METHODS
2.1 PROVENANCE OF WOOD
The timber was extracted from two locations of the
Catalan Pyrenees and of nine different zones of the
French Pyrenees. All the forests belong to the historical
shire of la Cerdanya (la Cerdagne), a territory of 1,086
km2 divided by the border of Spain and France and
located at the east of Andorra. The altitudinal range of
the shire goes from 950 metres up to 2,921 metres above
the mean sea level.
The trees from the Spanish forests were from the
municipalities of Alp and Aransa. The forest from Alp
was a south face and the forest from Aransa was a north
face. The altitude over the sea level of the two forests
was slightly below 2,000 m and far from the timberline
(Table 1).
Table 1: Origin of trees. Municipalities from the Spanish
Cerdanya

Municipality
Alp
Lles de Cerdanya (Aransa)

Amount
Trees Samples
12
10
12
10
12
10
12
10
12
10
12
10

The selection of the French sites was done with the aim
to have a representative sample of the different kind of
Forests of mountain pine of the Pyrenees (Table 2). Nine

plots from eight municipalities were selected. The
average growth of the French trees was lower than the
Spanish ones.
Table 2: Origin of trees. Municipalities from the French
Cerdanya

Municipality
FD Camporells
Formiguères
Les Angles
Matemale
FD Clavéra
Eyne
Jaça de les corones
Oceja
Col de Pradelles
Porté de Puymorens

Amount
Trees Samples
8
10
8
10
6
10
6
10
8
10
8
10
6
10
6
10
6
10

2.2 BASIC PROPERTIES
The basic properties were analysed on wood without
defects and straight fibres. The clear wood was
conditioned at 20ºC and 65% of relative air humidity
until they reached 12% of moisture content and
afterwards characterized with test samples made
according to UNE 56528:1978 [1]. The test samples
were parallelepipeds of 20×20 mm of section with the
growth rings parallel to two sides of the sample and with
small curvature.
The most common physical and mechanical properties of
wood were analysed: density, shrinkage, hygroscopicity,
hardness, compression strength and bending strength.
(Table 3).
Table 3: Clear wood properties studied

Clear wood
properties
Density
Shrinkage
Hygroscopicity
Hardness
Compression
strength
Bending
strength

56531:1977 [2]
56533:1977 [4]
56532:1977 [3]
56534:1977 [5]

Test samples
Amount
mm
Fr
Cat
20×20×30
90
60
20×20×40
90
60
20×20×40
90
60
20×20×40
90
60

56535:1977 [6]

20×20×60

90

60

56537:1979 [7] 20×20×300

90

60

UNE norms

2.3 DURABILITY
The durability was determined according to the standard
XP CEN/TS 15083-1 [13]. Samples were selected from
five Spanish and three French trees. Heartwood samples
of dimensions 50×25×15 mm (L,R,T) were weighed,
measured, and half of them were leached according to
the guidelines of EN 84 [12]. Afterwards, they were
biologically tested against Coniophora puteana and
Poria placenta, both cubic rots (Basidiomycetes). The
unleached and leached samples were sterilized and put
into culture flasks in contact with each fungal strain for
sixteen weeks. Thirty samples per fungal strain were
tested. After the fungal exposure, the mass loss of each
sample, as well as average and median mass losses were
calculated.
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2.4 TREATABILITY
The transport of preservatives into wood when treated
with an autoclave mainly depends on structural
characteristics of wood, the moisture of wood, the
physical and chemical properties of the transported
liquid substance and the pressure applied during the
treatment. Therefore, to characterize the treatability of
wood all the other factors must be standard.
The protection treatment was performed on an autoclave
with samples of 40×40×800 mm and copper salts. Ten
samples of sapwood and heartwood were used for each
provenance. An autoclave is used to impregnate the test
samples. After forty-five minutes of vacuum, the copper
sulphate solution is introduced into the tank. Then, the
pressure raises up to the atmospheric pressure and
afterwards up to 9.0×102 kPa for 120 minutes. Finally,
the pressure is removed until the tank reaches the
atmospheric pressure and the copper sulphate
preservative is evacuated.
The transversal and longitudinal penetration of the
protective treatment was evaluated with Chrome Azurol
S dye. The penetration on the test samples was classified
according to the standard UNE-CEN/TR 14734 IN:2008
[10]. Additionally, the absorption (1) and retention (2) of
the protector product also has been evaluated. See
equations below:

WT  W0
V

(1)

WT0  W0
V

(2)

Absorption =
Retention =

Table 5: Physical and mechanical clear wood properties of
Pinus uncinata of Catalonia

Samples
Unleached
Leached

499.368
12.77
0.48
0.0026
1.88
44.04

Sn-1
36.125
1.55
0.04
0.00017
0.49
5.34

P5
443.826
9.88
0.42
0.00237
1.29
35.30

83.79

10.26

66.27

74.66

13.28

54.74

Cubic rot fungi
(Basidiomycota)
Coniophora puteana
Poria placenta
Coniophora puteana
Poria placenta

Wood
type

Country

Spain

x

P5
447.580
9.23
0.38
0.00242
1.18
21.17

Mass loss %
Median
x
34.7
35.9
29.7
29.6
35.8
37.0
29.7
30.3

Table 7: Treatability class of Pinus uncinata

3 RESULTS

Property
Density (kg/m3)
Shrinkage (%)
Shrinkage coefficient (%)
Hygroscopicity (kg/m3)
Hardness (mm-1)
Axial compressive strength
(N/mm2)
Bending strength (N/mm2)

Sn-1
35.431
1.99
0.05
0.00019
0.39
7.63

The treatability tests show that the heartwood of the
mountain pine is impermeable. Sapwood reached at least
an average radial penetration higher than 6 mm and a
minimum radial penetration of 3 mm. Most samples of
sapwood were fully treated (Table 7).

France

Table 4: Physical and mechanical clear wood properties of
Pinus uncinata of France

504.739
12.39
0.46
0.0027
1.85
33.14

Table 6: Evaluation of the durability of Pinus uncinata from
Spain and France

Where WT = Weight of the sample after the treatment,
W0 = Anhydrous weight of the untreated sample, WT0 =
Anhydrous weight of the treated sample, V = Volume of
the sample at 12% of moisture.

The Table 4 and the Table 5 show the results of the tests
of clear wood. The results of the durability towards the
two Basidiomycetes are given in Table 6. Based on the
median mass loss of the most discriminant fungal strain
(Coniophora puteana), the natural durability results
indicate that Pinus uncinata is non-durable (median
mass loss > 30%).

x

Property
Density (kg/m3)
Shrinkage (%)
Shrinkage coefficient (%)
Hygroscopicity (kg/m3)
Hardness (mm-1)
Axial compressive strength
(N/mm2)
Bending strength (N/mm2)

Sapwood
Heartwood
Sapwood
Heartwood

Percentage of samples
classified according to the
treatability as defined on
UNE-CEN/TR 14734:2008 IN
[10] (%)
1
2
2+
3
3+ 4
60 20 20
0
0
0
0
0
0
0
0 100
50 10 40
0
0
0
0
0
0
0
0 100

The average absorption on the sapwood of both
provenances is nearly the same but the Spanish
heartwood absorbs a 27.6% more than the French (Table
8). The sapwood from France and Spain is a 60.4% more
impregnable than the French heartwood.
Table 8: Treatment absorption on Pinus uncinata

Wood
type

Country

France
Spain
France
Heartwood
Spain
Sapwood

Absorption (kg/m3)
Standard
Average
deviation
678.33
17.54
678.47
26.65
422.89
50.81
539.58
88.15

The retention follows a similar pattern. The retention on
the sapwood is nearly the same on both provenances but
the Spanish heartwood retains a 37.2% more of product
than the French heartwood (See Table 9).
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Table 9: Treatment retention on Pinus uncinata

Wood
type

Country

France
Spain
France
Heartwood
Spain
Sapwood

Retention (kg/m3)
Standard
Average
deviation
10.14
0.45
10.38
0.87
6.02
0.97
8.26
1.55

4 DISCUSSION
4.1 BASIC PROPERTIES
The properties of the wood of Spain and France have
some differences, especially in the mechanical
properties. The analysis of the results was done with
statistical hypothesis testing. ANOVA was used in the
cases that the sample meet all the criteria of normality.
T-test and Z-test was used on the rest.
The results show that there were no significant
differences in the density and in the shrinkage (Figure 1
and Figure 2). Conversely, there are significant
differences in the coefficient of volumetric shrinkage. To
analyse properly this result it should be taken into
account that the shrinkage coefficient is a property
derived from density and volumetric shrinkage.
Therefore, the result indicates that the non-significant
differences between batches on the density and
volumetric shrinkage present the same trend (Figure 3).
The hygroscopicity of the wood from France is
significantly lower than the one from Spain. However,
the difference is very small. The analysis of variance is
able to discriminate between provenances because this
property varies little among specimens from the same
batch (Figure 4).
Contrary to hygroscopicity, hardness is a property with a
high variability (Figure 5). The coefficient of variation
of the French wood is 25% and 21% of the Spanish. For
this reason and because the hardness of the two
provenances is similar there are no significant
differences between batches. Therefore, considering all
the results no significant differences exist on the
analysed physical properties.
However, the mechanical properties of wood are
significantly different depending on the provenance. The
axial compressive strength of the French wood is a 33%
higher than the Spanish and the bending strength is 12%
higher. Moreover, the French wood is less variable
(Figure 6 and Figure 7).
These trends have been also observed on the structural
timber on a complementary study done using the same
logs. The results are the basis of the visual grading
standards for structural timber of France [11] and Spain
(Pinus uncinata is currently under approval) [8]. The
strength classes assigned to the French timber resulted
higher than the assigned to the Spanish timber.
These results are correlated with the growth conditions
of the trees. The French plots have a lower quality than
the Spanish ones making the trees to grow slower and
have a higher proportion of heartwood.

Table 10: Statistical comparison of wood depending on the
provenance

Property
Density
Shrinkage
Shrinkage coefficient
Hygroscopicity
Hardness
Axial compressive strength
Bending strength

Test
ANOVA
T-Test & Z-Test
ANOVA
ANOVA
T-Test & Z-Test
T-Test & Z-Test
T-Test & Z-Test

p-value
0,369
0,218
0,003
0,0001
0,692
0,0001
0,0001

There are no other comprehensive studies about the
physical and mechanical properties of Pinus uncinata.
Thus, the Scots pine will be used as reference to analyse
the results because is the most similar and genetically
closest species. The data of Pinus sylvestris will be taken
from other studies done by CIRAD [15] and INCAFUST
[18].
On average, Pinus sylvestris from France has a density
of 550.0 kg/m3 and the wood of the mountain pine from
Spain is 527.0 kg/m3. Therefore, the Scots pine is
between 5% and 10% denser than the mountain pine.
The mountain pine has a wood with lower mechanical
properties than the Scots pine. The axial compressive
strength of Pinus sylvestris from Catalonia is 53.63
N/mm2 and 50.00 N/mm2 if the wood is from France.
Therefore, Scots Pine from France is 14% stronger and
the Catalan up to a 62% more [15] [18].
The bending strength follows the same trend. The
mountain pine from France is weaker than the Catalan
and in comparison with the Pinus sylvestris is far less
resistant too. The Catalan Scots pine is 30% stronger
than the Catalan mountain pine and the French Scots
Pine is 15% stronger [15] [18].

Figure 1: Density of Spanish and French wood
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Figure 2: Shrinkage of Spanish and French wood

Figure 5: Hardness of Spanish and French wood

Figure 3: Shrinkage coefficient of Spanish and French wood

Figure 6: Bending strength of Spanish and French wood

Figure 4: Hygroscopicity of Spanish and French wood

Figure 7: Axial compressive strength of Spanish and French
wood
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4.3 TREATABILITY
The treatability of the sapwood is the same in both
provenances. Thus, no physiologic differences among
batches affects this property. However, the heartwood
did behaved differently depending on if it was from
Spain or France. The French heartwood appeared far less
treatable. No specific references exist on Pinus uncinata
over this phenomenon but there are several studies
related to Pinus sylvestris.
Zimmer et al. [27] concluded that wider annual rings and
higher latewood contents influenced positively on the
retention of the protective product. Nevertheless, the tree
attributes and the growth conditions explained more of
the random variance of its experiment than the
anatomical properties alone. In relation to that, wood

Table 11: Durability and impregnability of the timber of the
Pyrenean species

Fungi
Hylotrupes
Anobiidae
Termite
TreataHeartwood
bility
Sapwood
Sapwood width

Natural
durability

4
SH
SH
S
2-3
2v
x

4v
S
S
S
4v
1v
m-l

3-4
S
S
S
3-4
1
t-m

5
--S
S
3-4
l
t-m

5
--S
S
1-2
1-2
x

5
--S
S
1-4
1
x

Pinus uncinata

Fagus sylvatica

Betula pendula

Properties

Alnus glutinosa

Common Pyrenean species
UNE-EN 350-2 [9]
Pinus sylvestris

The results of the decay tests show that Pinus uncinata is
non durable and is one durability class lower than Scots
Pine. However, the inhabitants of the Pyrenees have the
perception that Pinus uncinata timber is very durable.
This believing is based on the traditional use of the
timber and the fact that the logs of the tree usually can
stand for long years on the ground of the forest before
they rot.
The explanation of this apparent contradiction stands on
the different conditions of degradation of the test and the
real weathering that the timber suffers on the Pyrenean
environment. The average temperature, the relative
moisture and the exposure at the xylophagous are
different. Most of the forests of Pinus uncinata grow
above 1,600 m above the sea level. In these conditions,
the winter is long, the snow is frequent and the
vegetative period is very short. As a result, decay fungi
and the insects have little time to decompose wood and
when they do is in non-optimal climatic conditions.
In addition to that, another important factor reinforces
the traditional perception of the high durability of the
timber. Pinus uncinata has a low growth rate and
therefore a high proportion of heartwood in comparison
with other pines. Indeed, the heartwood is the most
durable part of the trunk. Nevertheless, the mountain
pine is equal or less durable than any other common
Pyrenean timber species (Table 11).

Pinus nigra

4.2 DURABILITY

from warmer sites with large growth increments is
therefore easier to impregnate. Trees growing near the
timberline of the species and under environmental
conditions impairing wood growth develop refractory
wood.
The study of Lande et al. [23] also investigated the
treatability of Pinus sylvestris. The factors studied
concerning the tree were: site location, latitude of site,
height of trees, annual ring width, vertical and horizontal
position. The two main conclusions of the research are
that the location was the single factor that affected more
negatively the treatability and that the treatability of
sapwood increase with distance from ground and with
distance from heartwood border.
The forests of the study of Lande et al. [23] were located
in Denmark, south of Norway and north of Norway. In
this case, the effect of the increase of the latitude has a
similar effect on the growth of the trees like does the
increase of the altitude in the Pyrenees.
Therefore, Pinus uncinata also develops refractory wood
to protective treatments when submitted to adverse
growth conditions.
As Pinus uncinata was shown non durable, it is thus
crucial to associate this timber with an appropriate wood
preservative and to treat it in accordance with the
specifications of the use class where this timber will be
put in service.
Treatability trials demonstrated that Pinus uncinata
sapwood is impregnable unlike its heartwood. These
results are similar to the others species of pines
referenced in the standard UNE-EN 350-2:1994 [9]
(Table 11).

Abies alba

As mentioned above, the Scots pine and the mountain
pine are two coniferous of the same genus and
genetically very similar. The phylogenetic proximity and
the habitat that each species occupies in the Pyrenees
explain the differences and the similarities of the two
woods.
The Pyrenees have a clear stratification of the tree
species depending on the altitude, especially with respect
to the pines. The Scots pine limits in altitude with the
mountain pine and this one reaches the timberline.
Therefore, Pinus uncinata has to bear harder winters and
has a shorter growing season than the Scots pine. Thus,
the annual growth is smaller and more irregular and the
wood needs to be more flexible to resist the weight of
the snowfalls and the heavy winds. The results of this
study is in agreement with these assumptions.

5
NA
NA
S
3-4
1
t-m

Natural durability: S = Sensitive, SH = Sensitive
heartwood, v = variable, NA = Not available, 1 = very
durable, 2 = durable, 3 = moderately durable, 4 = little
durable, 5 = no durable. Treatability: 1 = treatable, 2 =
moderately treatable, 3 = little treatable, 4 = no treatable.
Sapwood width: m = medium, l = large, t = thin, x =
undistinguishable.
Finally, the correlation between absorption and retention
of the protective product has been analysed. The
correlation between these properties is very high

WCTE 2016 e-book | 1359

considering the entire sample without discriminating
provenances and the wood type. The coefficient of
correlation is R2=0.9507. Therefore, the amount of
product that is effectively retains the wood once the
solvent has evaporated is directly proportional to the
amount of product that absorbs the wood during the
treatment.
13

Retention (kg/m3)

12

R² = 0,9507

11
10
9
8
7
6
5
4
300

350

400

450

500

550

600

650

700

750

Absorption (kg/m3)
France‐Heartwood

France‐Sapwood

Spain‐Heartwood

Spain‐Sapwood

Figure 8: Correlation between retention and absorption

5 CONCLUSIONS
The properties of the clear wood of mountain pine of the
Pyrenees are those expected for a pine that lives just
below the timberline, on an extreme alpine climate, with
short growing season, heavy snow and strong winds.
The physical properties of the wood are not significantly
different depending if the plots are from France or Spain.
Therefore, the growing conditions of the selected forests
does not affect these properties. However, the average
density and the average volumetric shrinkage is slightly
higher in the French wood than in the Spanish one.
Nevertheless, there are significant differences in the
mechanical properties. The clear wood from bad quality
plots (France) has a higher resistance to axial
compression and static bending.
This trend also happens in the treatability. The wood
from trees with smaller annual rings is less treatable.
Therefore, the duraminization of wood generates
variability on the treatability. The heartwood was shown
little or no treatable meanwhile the sapwood is fully
impregnable.
The natural durability assessment using two pure
cultures of cubic rots showed that the mountain pine
wood is not durable. No noticeable differences were
found between the French and the Spanish samples.
The wood of the mountain pine is little durable despite
people having traditionally the opposite perception. This
matches with the fact that the mountain pine evolved on
a cold climate nearly free of xylophagous.
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TIMBER MOISTURE CONTENT INFLUENCE ON NON-DESTRUCTIVE
LOCAL MEASUREMENTS
Daniel F. Llana1+, Guillermo Íñiguez-González1*, Eva Hermoso2, Víctor Maynou1#,
Francisco Arriaga1x
ABSTRACT: when assessing existing timber structures it is not possible to obtain density as the ratio mass/volume, so
nondestructive probing methods are very useful tools to predict density. As in other nondestructive techniques, moisture
content influences measurements. The goal of this paper is to study the influence of timber moisture content on two
nondestructive probing techniques (penetration resistance and pullout resistance). 25 specimens of Scots pine (Pinus
sylvestris L.) from Spain were tested. The moisture content ranged from 46.5% to 10.0%.
Results obtained show that penetration depth decreases and screw withdrawal strength (pullout resistance) increases,
when moisture content decreases, below the fiber saturation point. There are lineal tendencies in both techniques.
Above the fiber saturation point influence of timber moisture content is much lower than below. Moisture content
correction factors of the measurements, below fiber saturation point, are proposed for this species.

KEYWORDS: moisture content, non-destructive assessment, penetration resistance, probing, pullout resistance

1 INTRODUCTION 123
Non-destructive (ND) probing methods are mainly used
to evaluate existing timber structures focused on density
estimation [1,2,3]. Wood hardness has usually good
relationship with density [4].
For density estimation the most common probing
techniques used in Spain are penetration resistance,
using Pilodyn 6J Forest device, and pullout resistance,
using Screw Withdrawal Resistance Meter (SWRM)
device [5].
Several factors affect non-destructive techniques, and
one of the most important is moisture content (MC).
Some research works were found on the influence of MC
over penetration depth and screw withdrawal tests.
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In 1978 several Pilodyn prototypes (with different
diameter needles and 6, 9, 12 and 18 J energy release)
were used on Norway spruce (Picea abies (L.) Karst.),
Scots pine (Pinus sylvestris L.) and European beech
(Fagus sylvatica L.). An increase from 1% to 2% in
penetration depth for each 1% increase in MC was found
in the 8% to 24% range of MC. However, above 30% of
MC the increase was really low [6].
In another work using the Pilodyn 6J and Pilodyn 18J
devices on 106 specimens 50 by 50 mm cross-section
Douglas fir (Pseudotsuga menziesii (Mirb.) Franco), 2
different areas of influence were found. In MC range
from 6% to 30% an increase of 0.19 mm in penetration
depth using the Pilodyn 6J and an increase of 0.26 mm
using the Pilodyn 18J was found for each 1% MC
increase. However, above 30% no significant statistical
influence of MC was found [7].
Using Pilodyn 6J device on 208 specimens of 35 by 150
mm cross-section and 450 mm length of Norway spruce
(Picea abies (L.) Karst) for density estimation, an
increase of 0.73% in penetration depth was found for
each 1% in MC increase, in the 12% to 21% range of
MC [1].
Same increase value than other authors [7] of 0.19 mm
in penetration depth using the Pilodyn 6J Forest
commercial device (Proceq, Switzerland), for each 1%
MC increase below fiber saturation point (FSP) was
found on Pinus nigra Arn. Ssp. Salzmannii from Spanish
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origin [8]. No tendency was found above FSP. It was
also studied influence of MC in pullout resistance using
the commercial device Screw Withdrawal Resistance
Meter (SWRM) (Fakopp Enterprise, Hungary). Screw
withdrawal force decreased 0.07 kN for each 1% MC
increase below FSP, in the 8% to 30% range of MC.
Using the Pilodyn 6J Forest device on Scots pine (Pinus
sylvestris L.), radiata pine (Pinus radiata D. Don) and
laricio pine (Pinus nigra Arn.) no variation of
penetration depth was found in the MC range from 8% to
14%. This may be due to the variability of measurements
[9]. The same work also studied the effect of MC on
pullout resistance using SWRM device. The increase in
screw withdrawal force when MC decrease was different
for each species. A second order correction equation was
proposed for each species.
Other authors mentioned the high sensitivity of screw
withdrawal techniques to MC changes [10].
Screw withdrawal force at 7% MC was approximately
50% higher than above FSP, and there were differences
between species. For sugar maple (Acer saccharum
Marsh.) it was 71% higher, while for white pine (Pinus
strobus L.) it was 23% higher [11].

Figure 1: Specimens with ends sealed.

2.2 MOISTURE CONTENT DETERMINATION
MC was obtained by two different methods:
•

Determination by oven dry method according to
standard EN 13183-1:2002 [12].

•

Estimation by electrical resistance method
according to standard EN 13183-2:2002 [13].

Previous studies show the MC tendency in probing
measurements (penetration resistance and pullout
resistance), and they also indicate species and source
influence on MC adjustments. Therefore, specific
research is required, considering these factors in one of
the most widely used Spanish structural timber species:
Scots pine (Pinus sylvestris L.).

For these determinations, an oven Dry Big 2002971 (JP
Selecta, Spain), a balance SB 16001 DeltaRange digital
(Mettler Toledo, Switzerland) and an electrical
resistance moisture meter Hydromette HT 85 T (Gann
Mess-u. Regeltechnik GmbH, Germany), using isolated
electrodes M18-Teflon (Gann Mess-u. Regeltechnik
GmbH, Germany) (figure 2) were used.

2 MATERIAL AND METHODS

The isolated electrodes were situated in central area of
the one face, introducing them inside the pieces till 1/3
of the width (33 mm) and with a distance of 30 mm
between them. These electrodes remained inside the
specimens during all the air drying process.

2.1 MATERIAL
In this study 25 planed large cross-section specimens of
Scots pine (Pinus sylvestris L.) of Spanish provenance
with nominal dimensions of 100 by 150 mm crosssection and 500 mm length were used.
Green specimens were selected in the sawmill and their
ends were sealed to promote uniform drying (figure 1).

Figure 2: Isolated electrodes for electrical resistance MC
estimation prepared to introduced them inside timber.
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2.3 NON-DESTRUCTIVE MEASUREMENTS
Non-destructive measurements were done at 8 different
MC. The first one was performed at 46.5% average MC
and the final one at 10.0% mean MC determined by oven
dry method. 131 days were necessary from the first
measurement to the last one using air drying process.
ND measurements consisted on:
•

Penetration depth, using the commercial device
Pilodyn 6 J Forest (Proceq, Switzerland) (figure
3). It consists on a calibrated spring that
releases a steel needle of 2.5 mm of diameter
with a constant energy of 6 Joules. Penetration
depth of this needle into the timber is measured
in mm.

•

Screw withdrawal force, using the commercial
device Screw Withdrawal Resistance Meter
(Fakopp Enterprise, Hungary) (figure 4). For
this study a screw of 4 by 70 mm was introduce
20 mm inside the timber. Screw withdrawal
force is measured in kN.

Measurements were made avoiding areas close to the
pith, and successive probings were done following the
same grain and with at least a 30 mm gap between them.

Figure 4: Measurements of screw withdrawal force with
SWRM.

2.4 DENSITY MEASUREMENTS
Real dimensions and mass of specimens were recorded
in every ND measurement (at 8 different MC), in order
to calculate density.

3 RESULTS AND DISCUSSION
3.1 MOISTURE CONTENT
Table 1 summarizes measurements of MC determined by
oven dry method and estimated by electrical resistance
method.
Table 1: MC mean results

Figure 3: Measurements of penetration depth with Pilodyn 6J
Forest.

No.
Test

Day

1
2
3
4
5
6
7
8

0
6
22
48
58
76
92
131

Oven
Mean
(%)
46.5
30.9
22.1
16.0
14.4
12.3
11.1
10.0

COV
(%)
40.20
36.22
21.82
7.51
5.48
4.74
4.46
5.02

Electrical
Mean
COV
(%)
(%)
28.0
12.66
23.6
10.72
19.9
10.21
16.3
9.03
14.7
7.92
12.1
8.75
10.5
8.82
8.4
10.73

Mean values of MC varied from 46.5% to 10.0%
determined by oven dry method, and from 28.0% to
8.4% estimated by electrical resistance method.
Figure 5 shows the evolution of MC determined by oven
dry method in the air drying process.
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No.
N
Test
T

Day

Mean MC
(%)

1
2
3
4
5
6
7
8

0
6
22
48
58
76
92
131

46.5
30.9
22.1
16.0
14.4
12.3
11.1
10.0

on depth
Penetratio
Mean
COV
(mm)
(%)
22
14.42
19
15.90
17
19.15
15
15.79
15
15.78
14
14.15
14
17.79
13
14.83

f
22 to 13
3
Mean values of penetration ddepth varied from
m, and coefficiients of variattion were sim
milar from firstt
mm
to last measurem
ment.
nts the evoluution of mean
n penetration
n
Figure 7 presen
pth with MC changes.
dep

Figure 6: Average and rangee MC values esttimated by
electrical resisstance method during
d
air dryin
ng process.

In both methhods at the beginning
b
of tests, MC vaalues
were very dissperse and varriable. Coefficcients of variaation
were more different, fro
om first to laast measurem
ment,
t
using eleectrical resistaance
using oven ddry method than
method.
o
by ov
ven and electr
trical
Moisture conntent values obtained
resistance meethod were so
o different wheen MC was abbove
fiber saturatiion point. It is well know
wn that electr
trical
resistance meethod is not acccurate above FSP [14].
From this point forward MC determiined by over dry
w
becausee is more accuurate
method was used in this work,
than electriical resistancce method. Neverthelesss in
assessment oof existing tim
mber structurres, where MC
C is
usually beloow FSP, eleectrical resisttance methodd is
acceptable foor MC estimattion.

Figure 7: Linear regressions: meaan penetration
n depth vs. MC.

In figure
f
7 two different tenddencies were found abovee
and
d below fiber saturation ppoint. Similar results weree
found by other authors
a
[6,7]. These autho
ors considered
d
tend
dency above FSP
F insignificcant.
Theese two different tendenciies (figure 7) were not ass
cleaar as in research works from
m other authors. This could
d
be because
b
there were only 2 m
measurement values abovee
FSP
P.
a case, the MC range w
with practical relevance in
n
In any
exissting timber structures asseessment is from
m 7% to 22%
%
app
proximately.
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3.3 INFLU
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CONTENT
C
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N
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OUT RESIST
TANCE
Table 3 ssummarizes measurements from pulllout
resistance technique obtaiined with SW
WRM device at 8
C.
different MC
Table 3: Screw
w withdrawal force
fo
mean results

No.
Test

Daay

Mean MC
M
(%)

1
2
3
4
5
6
7
8

0
6
222
488
588
766
922
1331

46.5
30.9
22.1
16.0
14.4
12.3
11.1
10.0

S W Force
COV
Meaan
V
(kN
N)
(%))
1.04
4
13.3 1
1.15
5
13.388
1.32
2
12.233
1.51
11.399
4
14.388
1.64
1.67
7
15.022
1.75
5
16.922
1.79
9
15.288

Tab
ble 4: Density mean
m
results

No.
N
Test
T

Day

Mean MC
(%)

1
2
3
4
5
6
7
8

0
6
22
48
58
76
92
131

46.5
30.9
22.1
16.0
14.4
12.3
11.1
10.0

Denssity
Mean
(kg/m3)
629
572
537
524
522
515
514
510

COV
(%)
10.53
6.85
4.26
4.31
4.35
4.67
4.40
4.66

0
Vallues of mean density varieed from 629 kg/m3 to 510
kg/m
m3, and coeffficients of vaariation varieed quite from
m
first to last measu
urement.
nts the evoluttion of density with MC
C
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MC changes.
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Figure 9: Linear regression: meaan density vs. MC.
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species.
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y
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o
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gure 11) and
d
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(
12) weere done. Model fitted and
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coeefficient of determination for penetration resistancee
are shown in equ
uation (1), figuure 10.
Depth=9.68
8567 + 0.3635505*MC

R2=39.33
=
(1))
P-v
value=0.00

here: Depth = Pilodyn 6JJ Forest peneetration depth
h
Wh
(mm
m), MC = moiisture content (%).
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Figure 12: Linear regression: density vs. MC.
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Figure 10: Linear regression: penetration depth vs. MC.

Model fitted and coefficient of determination for pullout
resistance are shown in equation (2), figure 11.
Force=2.1848 – 0.0407256*MC

(2)
R2=43.26
P-value=0.00

Where: Force = SWRM screw withdrawal force (kN),
MC = moisture content (%).
Since the P-value in the ANOVA table is less than 0,05,
there is a statistically significant relationship between
screw withdrawal force and MC at the 95,0% confidence
level.
Screw withdrawal force (kN)

600

Density (kg/m3)

Penetration depth (mm)

Since the P-value in the ANOVA table is less than 0,05,
there is a statistically significant relationship between
penetration depth and MC at the 95,0% confidence level.

In the case of the Pilodyn 6J Forest device an increase of
0.36 mm in penetration depth was found for each 1% on
MC increase, in the 10% to 30% range of MC. This
value was higher than ones proposed by other authors in
other coniferous species 0.19 mm [7,8].
In the SWRM device a decrease of 0.04 kN in screw
withdrawal force was found for each 1% on MC
increase, in the 10% to 30% range of MC. This value
was lower than 0.07 kN obtained by other authors in
laricio pine (Pinus nigra Arn. Ssp. salzmannii) [8] and a
little lower than the range from 0.05 kN to 0.15 kN
obtained by Calderón in laricio pine [9].
The reason of these differences could be the different
specimens’ sizes and species and source and also the use
of clear wood.
An increase of 2.70 kg/m3 was found in density for each
1% on MC increase.

2,7
2,5
2,3
2,1
1,9
1,7
1,5
1,3
1,1
0,9
0,7

3.6 MOISTURE CONTENT CORRECTION
FACTORS
In order to achieve comparable results with other works,
measurement values must be corrected to a standard MC
reference value (12%).

8

10

12

14

16

18 20 22
MC (%)

24

26

28

30

From linear regression (1, 2 and 3), correction factors
were calculated for a standard MC of 12%. The fitted
models are (4, 5 and 6):

Figure 11: Linear regression: screw withdrawal force vs. MC.

Depth12= DepthH / [1+0.026·(H-12)]

(4)

Model fitted and coefficient of determination for density
are shown in equation (3), figure 12.

Force12= ForceH / [1-0.024·(H-12)]

(5)

Den12= DenH / [1+0.005·(H-12)]

(6)

Den=483 + 2.6994*MC

(3)
R2=26.48
P-value=0.00

Where: Den = Density (kg/m3), MC = moisture content
(%).
Since the P-value in the ANOVA table is less than 0,05,
there is a statistically significant relationship between
density and MC at the 95,0% confidence level.

Where: Depth12 = Pilodyn 6J Forest penetration depth at
12% of MC (mm), DepthH = Pilodyn 6J Forest
penetration depth at H% of MC (mm), Force12 = SWRM
screw withdrawal force at 12% of MC (kN), ForceH =
SWRM screw withdrawal force at H% of MC (kN),
Den12 = Density at 12% of MC (kg/m3), DenH = Density
at H% of MC (kg/m3), H = moisture content (%).
In the case of the Pilodyn 6J Forest device an increase of
2.6% in penetration depth was found for each 1% on MC
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increase, in the 10% to 30% range of MC. This value
was higher than ones proposed by other authors in other
coniferous species 0.73% [1] and in the 1% to 2% range
[6].
In the case of the SWRM device a decrease of 2.4% in
screw withdrawal force was found for each 1% on MC
increase, in the 10% to 30% range of MC.
Density correction factor obtained (0.5%) was the same
value recommended by standard EN 384:2010 [15].

4 CONCLUSIONS
Pilodyn 6J Forest penetration depth and Screw
Withdrawal Resistance Meter screw withdrawal force in
Scots pine (Pinus sylvestris L.) from Spanish origin have
a linear relationship with moisture content below and
above fiber saturation point.
Above fiber saturation point tendencies are different than
below, being the slope much lower above than below
fiber saturation point. These two different tendencies are
more visible in pullout resistance than in penetration
resistance.
Penetration depth increases 0.36 mm (2.6%) with each
percentage increase in moisture content up to fiber
saturation point (in the 10% to 30% range of moisture
content).
Screw withdrawal force decreases 0.04 kN (2.4%) with
each percentage increase in moisture content up to fiber
saturation point (in the 10% to 30% range of moisture
content).
Density has the same linear relationship with moisture
content above and below fiber saturation point and
increases 2.70 kg/m3 (0.5%) with each percentage
increase in moisture content (in the 10% to 46% range of
moisture content). This value is the same proposed by
EN 384:2010 standard.
These results correspond to a small number of specimens
and only one species. Forthcoming studies will extend
this research to cover other Spanish conifer species.
It could be also interesting, as different tendencies above
and below fiber saturation point were found in
penetration depth and screw withdrawal force, to study
influence of moisture content in these variables above
fiber saturation point using more measurements and
higher moisture contents.
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EXPERIMENTAL CHARACTERIZATION OF GABOON SPECIES UNDER
CYCLIC COMPRESSIVE LOADING
Samuel Ikogou1, Claude Feldman Pambou Nziengui1, 2, 3, Rostand Moutou Pitti2, 3,4,
Serge Ekomy Ango4
ABSTRACT: In this paper, the stress-strain tests are performed on Gaboon (Aucoumea Klaineana Pierre) specie in
room temperature and humidity. This specie is used, in major part, in collective, individual and industrial construction,
in timber structure and also in the fabrication of paper and veneer wood products in Europe. In first, 15 samples have
been tested under monotonous loading and 6 others in 5 cycles compression loading with different levels. According to
the typical load stress-strain curve, the elastic moduli are obtained and the comparison between envelope of the cyclic
load curve and the monotonous loading curve is achieved. The evolution of continuous displacement versus number of
cycles shows three different zones representing the mechanical behaviour of the specie. The obtained results are in
accordance with these proposed in the literature and the European code and bring important informations to the
Gaboon's timber building. At the end, different test have been also performed on 7 samples under various internal
moisture content of wood. The results show that the modulus of elasticity decrease with humidity but after one cycle the
modulus of elasticity amount with the intensity of loading independently of moisture content of sample tested.
KEYWORDS: Cyclic compressive loading, Aucoumea Klaineana Pierre, tropical specie, moisture content evolutions,
experiment

1 INTRODUCTION 123
Before the Cop21 forum, we know that environmental
issues oblige wood and wood products to take an
important place in our life due to their ecological impact
in Europe and in equatorial regions such as Gabon,
which concentrates various and unknown tropical
species [1]. Also, the wood is one of the solutions that
sustainably limit the warming of our planet. Thus, in
Central Africa and particularly in equatorial region, the
forest plays a key role in this regulation. This fact also
contributes to sustainable development discussed during
the Cop21 meeting in Paris last year [2].
Gaboon (Aucoumea Klaineana Pierre), is an endemic
specie in central Africa’s forest which is, since a long
time, associated at the life of his population [3-4]. It is
internationally considered as one of the most interesting
specie in the plywood industry [4]. It is the unique specie
in Gabon, for example, which produces lumbers
qualities. Also, Gaboon represents 80% of annual
1

Samuel Ikogou, Ecole Nationale des Eaux et Forêts (ENEF),
ikogousamuel@yahoo.fr
Claude Feldman Pambou Nziengui,
pclaudefeldman@gmail.com
2 Rostand Moutou Pitti, Institut Pascal, Université Blaise
Pascal, France,
rostand.moutou_pitti@univ-bpclermont.fr
3Centre National de la Recherche Scientifique (CNRS), Institut
Pascal, France
4
Serge Ekomy Ango, Centre National de la Recherche
Scientifique et Technologique (CENAREST), IRT, Gabon,
ekomyango@yahoo.fr

wood’s production in this country and 90% of this specie
is exported all over the world and particularly in Europa
and Asia in a recent past [5].In addition, Gaboon, one of
the well know tropical specie, is used extensively in
building, veneer, finished or semi-finished products and
in the design of the paper [6-7-8].
However, since 2010, Gabon has stopped the exportation
of wood in order to promote the transformation of wood
and wood product on site [5-8]. This fact must motivate
local population to use a natural material for building
and decrease the price of row material as the cement,
which appears very expensive for this people. But this
challenge is achieved only by the development of studies
oriented on tropical woods [9] in order to know the real
behaviour of these species in their local environment
[10-11]. However, this specie is classified as a lightwood
that the mechanic behavior under some loading has not
been studied yet.
It was shown that the mechanical behavior of wood
materials depends on the loading history [12-13-14], the
environmental conditions [15-16-17]and in more cases
on the experimental programs, which produce the exact
results for the study undertaken [18-19-20-21].Also, the
mechanical behavior of Okume (Aucoumea Klaineana
Pierre)under cyclic compressive loading was not
sufficiently studied yet. The literature background shows
that some authors have modeling the stress-strain
behavior of Bamboo under cyclic uniaxial loading [22].
However many similarly works have been performed on
materials such as concrete [23-24], steel [25] composite
[26] and structures [27]. The purpose of those studies is
to know their rheological behavior under monotonous
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and cyclic loading. The work presented here, is based
only on the experimental study of the specimens of
Okume standardized ASTM-D-143[18], in cycle of
loading-unloading-recharging.
The first part of the paper presents the material and
methods used during the experiment. The method of
cutting, the dimensions of samples and the experimental
device have shown. The second part proposes the results
and discussions about the typical stress-strain under
cyclic compressive loading.

And secondly six healthy of these rafters of Gaboon,
sawed along the axis of the fibers were dimensioned
according to standard ASTM-D-143[18]. Figure 3 shows
the technique used to cut the different samples. The
geometric shape of the test pieces and the dimensions are
shown (Figure 3, 4 and 6).

2 MATERIAL AND METHODS
2.1 MATERIALS
Some Gaboons (Aucoumea klaineana Pierre), species
from Congo basin rain forest (Gabon), were used for
these experiments. These woods have been delivered to
laboratory by our partners (Figure 1).
Figure 3: Cut up of samples

Figure 1: View of Gaboon at parking woods of Société
Equatoriale de Déroulage (S.E.D) of Gabon.

2.2 METHODS
Firstly, they have been dimensioned to rafters (figure 2)
and installed again at the parking woods for the natural
desiccation for 1 or 8 weeks before their sell. The choice
of rafters studied here have been done randomly, the aim
is to be in the conditions of a potential buyer.

Figure 4: Samples dimensioned in preparation.

2.3 EXPERIMENTAL DEVICES

Saw

Wood

Figure 2: Dimensionally of rafters

The specimens, subjected to humidity of their cut were
dimensioned (the aim here, is to be in the conditions of
natural buyer), were tested on an electronical mechanic
press "united testing machine" of 100 kN maximum
static capacity, equipped with a centralizer who ensures
the sending and the collection of informations (Figure 5
and Figure 7).
This press has also an incorporated deformation captors
for the loading compressive test. The informations
concerning the deformation of sample are recording
when the spherical head of loading is jogging.
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Table 1: Margin settings
Cycles
Forces(N)
Sample

Sphericals
heads of
charging

2
18000

5
38000

3.1.1 Monotonous compression
Figure 8 is the typical curve of monotonous compressive
loading obtained to 15 Gaboon’s specimens. This curve
shows the parameters studied. It is characterized by two
parts.
- Part 1: represents the linear area; going from
origin point to point A
-

Part 2: a plastic area characterized by the work
hardening of the material starting after the point
A

22

B

20

50mm

18

Stress (Mpa)

16

The monotonous compression load testing were
performed on 15 specimens in order to obtain the
following parameters: modulus of elasticity𝐸𝐿𝐶 ,
𝐶
maximum rupture stress 𝜎𝑚𝑎𝑥
, elastic limit 𝜎𝑒𝐶 , rupture
𝐶
strain 𝜀𝑚𝑎𝑥 and the elastic limit strain 𝜀𝑒𝐶 .
Then, cyclic tests are performed on 6 specimens. These
specimens were each loaded and unloaded 5 times,
axially under a speed of 0.45mms-1.The imposed forces
(table 1), were selected randomly in an increasing way in
the elastic zone, the objective being to remain in this
zone and to avoid the first breakings of material.

4
32000

3.1 RESULTS IN ROOM TEMPERATURE

50mm

Figure 6: Dimensions of specimens

3
24000

3 RESUSTS AND DISCUSSIONS

Figure 5: Sample on press and experimental device

200mm

1
12000

A

14
12
10
8
6
4

4,21

9,21

14,21

19,21

24,21

Strain (‰)

Figure 8: typical curve of stress-strain
compression of Gaboon’s specimens.

monotonous

According to the typical curve on the monotonous
compression loading, of Gaboon’s specimens (Figure 8),
Table 2 is obtained and shows the values of all
parameters derived from curves of Figure 8.
Table 2: Margin settings

press

centralizer

sample

Parameters
𝐸𝐿𝐶 (𝑀𝑃𝑎)
𝐶
𝜎𝑚𝑎𝑥
(𝑀𝑃𝑎)
𝜎𝑒𝐶 (𝑀𝑃𝑎)
𝐶
𝜀𝑚𝑎𝑥
𝜀𝑒𝐶

Values
2890
20.60
15.88
12.96
08.44

3.1.2 Cyclic compression loading
Figure 7: Experimental devices

Figure 7 shows experimental devices that allowed to
have and collect information during experimentation. It
compose of an electronical testing machine, a wood
specimen and a centralizer and a computer in order to
record different data.

Figure 9 illustrates the mechanical behavior of Gaboon
under cyclic compressive loading. This curve highlights
the presence of permanent deformations being formed to
load forces less than 50% of the yield strength, obtained
during the monotonous loading. The permanents
deformations appear despite of the fact that, the maxima
peak of load has been taken on the linear area of
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monotonous loading curve. Under the basis of these
results, Gaboon can be characterized as a low elasticity
material

Stress (Mpa)

Cycle 1
Cycle 2
Cycle 3
Cycle 4
Cycle 5

Table 5: comparison between cycle 4 and cycle 5 of
Zone B
Zone B
𝜀𝑝𝑐4 et 𝜀𝑝𝑐5

Table 6: comparison between permanents deformations
of Zone A and Zone B

Table 3: distribution of percentages of permanents
deformations by cycle. Permanents deformations’ values
presented here are mean±standard deviation.
C
P

1
0.432±0.
28

2
0.436±0.
33

3
0.438±0.
14

4
0.683±0.
61

5
1.951±3.
01

C: Cycles
P(‰): Permanents Deformations

Test value
𝑝 = 0,02351

3.1.3 Comparison
The evolution of stress versus strain is posted in Figure
10 which shows the beginning of the loss of rigidity of
Gaboon in cyclic loading. This limit is determined by the
intersection of the envelope curve of the cyclic load and
the monotonous load curve. The comparison was made
between the two constraint values of monotonous and
cyclic elastic limits shows that:
24

evelope of cyclic
loading
curve of monotic
loading

14

Table 4 shows the differents test done between means of
permanent deformations of Zone A. The results obtained
show that there are not significatives differences
between permanents deformations in this Zone.

Decision
S.D

S.D: significative difference

Stress (MPa)

Some analysis and tests have been done on the
permanents deformations, formed to the cyclic
compressive loading curve, table 3, 4, 5 and 6 show
respectively analysis and tests. These tests have been
done on the statistic software R× 643.0.2.

Decision
N.S

Lastly, Table 6 shows the test done between the mean of
all permanents deformations of Zone A and those of
Zone B. the result shows that there is a significative
difference between these permanents deformations.

Zone A et Zone B

Strain (‰)
Figure 9: Typical stress-strain curve under cyclic
compressive loading

Test value
𝑝 = 0,355

4
4,21

14,21
Strain(‰)

24,21

Table 4: comparisons between cycles 1, 2 and 3 of Zone
A

Figure 10: Comparison between envelope of the cyclic
load curve and the monotonous loading curve

Zone A
𝜀𝑝𝑐1 et 𝜀𝑝𝑐2
𝜀𝑝𝑐1 et 𝜀𝑝𝑐3
𝜀𝑝𝑐2 et 𝜀𝑝𝑐3

The parameters represented in Figure 10 are given by
Equation (1). In this case the elastic limit of the applied
𝑐
cyclic loading ( 𝜎𝑒𝑐
) is obtained by

Test value
𝑝 = 0,9826
𝑝 = 0,9663
𝑝 = 0,9914

Décision
N.S
N.S
N.S

N.S: Not significative difference
Table 5 shows also the test done between the means of
permanent deformation of Zone B. as precedent tests
realized in Zone A there is not significative difference
between mean of permanents deformations of each
cycle.
In this zone, we can say that the evolution of permanent
deformation is the same.

𝑐
𝜎𝑒𝑐
= 𝜎𝑒𝑐 (1 − ∆𝜎)

(1)

Where ∆𝜎 > 30%; ∆𝜎 is a percentage change in the loss
of rigidity and is obtained according to the following
equation:
𝜃=

1
1 − ∆𝜎

Experimental calculation gives θ = 1.515;

(2)
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3.1.4 Displacement and number of cycles
Figure 11 shows the variation of the permanent
displacement versus the number of charge of cycles.
7

Risudials displasments

6

The precedents graphs, are characterized the behaviour
of Gaboon under cyclic compressive loading. They show
the evolution of samples’ damaging tested.

5
4
3

3.2 VARIATION OF MOISTURE CONTENT

2
Zone 1

1
0

0

Zone 2

1

2

Zone 3

3

4

5

6

number of cycles

Figure 11: Continuous displacement vs. number of
cycles
In this figure, three
summarized:
-

distinct zones are clearly

Zone 1: up to 38% of total number of cycles
Zone 2: represent the linear Zone, from 38% to
69% where the slope (𝑎𝑑 ) represents the rate of
damage to the material,
Zone 3: upper 69%, representing the
specimens’ rapid damage leading to breakage.

-

Figure 12 presents evolution of modulus elasticity of
each cycle. The “Maximum Pic” corresponding to the
ultimate applied load is around 2600 Mpa.
3000

Maximum Pic

2500

MOE (MPa)

2000
Part 1

1500

Part 2

1000
500
0

0

1

2

3

4

5

6

Number of cycles

Figure 12: Evolution of Elasticity's modulus Vs number of
cycles

We seeing two parts:

-

The precedent tests, are characterized the behaviour of
Gaboon under cyclic compressive loading. In the
precedent case, specimens had tested at the conditions of
their humidity.
In the following part, the evolution of mechanic
behaviour of Gaboon’s samples subject to different
moisture content and under a cyclic compressive loading
is shown. The purpose here, is to know if there is an
impact of moisture content on the behaviour of Gaboon
on a cyclic compressive loading.
3.2.1 Specimens
The different characterization of the specimens studied
in this part is shown in the table 7.
Table 7: characterization of specimens studied yet.

3.1.5 Influence of number of cycle in the elasticity

-

The fact which can explain the behavior of elasticity
modulus in these zones, could be the fact that, after 60%
of total cycle’s material would not has damaged yet. We
can say that, damaged of material begins after the
maximum pic (2564.8 Mpa). This value is appreciably
near to the value of elasticity’s modulus (2890±
360.003) finds in monotonous loading (Table 2).

Part 1 representing the great augmentation of
elasticity’s modulus up to 68% of number
cycles realized.
Part 2 representing the reduction of elasticity’s
modulus.

N°
E1
E2
E3
E4
E5
E7
E9
E10
E11
E12
E13
E14
E15
E16
E18
E21
E22
E24
E25
E26
E27

L (mm)
49
21
50
49
50.5
50.5
50.5
50.5
50
50.5
51.5
51
51
51
51
50.5
50
51
50
52
51

l (mm)
51
50
51
51
51
51
51.5
51
50.5
50.5
51.5
50.5
50
50
51.5
51.5
50
52
51
50.5
50.5

h (mm)
210
210
200
205
210
210
205
210
205
200
205
210
205
195
205
205
210
210
205
200
200

H (%)
52.6
31.4
25.2
30.7
20.5
39
26.2
20.1
40.9
27.7
36
37.3
52.2
82,3
27
24
40.5
18
23.5
28.1
17.2

The specimens underlined in grey represent samples
tested in the following experiment.
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3.2.2 Protocol and experimental devices

(3)

10000
8000
6000
4000
2000

As in the first part of this experimentation, each sample
has been loaded 5 times, axially under a speed of
0.45mm.s-1. The imposed forces were also selected
randomly in an increasing way in the elastic zone, at the
same forces (Ref. Table 1).

Figure 13 represents the evolution of moisture content of
witness sample during the loading of samples. This
curve gives one idea of the dissipation of humidity under
the Gaboon’s sample.
90

30

40

50

Figure 15 shows the evolution of modulus of elasticity at
the second cycle in each sample.
12000

10000
8000
6000
4000

2000
0

0

10

20

30

40

50

Moisture content (%)

This curve shows that modulus of elasticity amount with
humidity at the second cycle.
Figure 16 shows the evolution of modulus of elasticity,
of each specimen for the fifth cycle.
10000

70

9000

Modulus of elasticity (MPa)

80

60
50
40
30
20
10
20

20

Moisture content (%)

Figure 15 : Evolution of modulus of elasticity in each sample
at the second cycle.

3.2.3 Results:

0

10

This curve shows that modulus of elasticity decrease
with augmentation of moisture content for the first cycle.

Table 8: different stages of moisture content fixed for
tests
Stage of humidity
H (%)
1
15 ± 2
2
20 ± 2
3
25 ± 2
4
30 ± 2
5
40 ± 2

0

0

Figure 14: Evolution of modulus of elasticity Vs moisture
content at the first cycle for each sample tested.

Where
𝑚𝐻 : Mass of specimen at humidity H
𝑚0 : Mass of specimen dried

Moisture content (%)

12000

0

Modulus of elasticity (MPa)

𝑚𝐻 − 𝑚0
𝐻 (%) = (
) × 100
𝑚0

Modulus of elasticity (MPa)

14000

For this part of experimentation, 7 samples were
submitted at different internal moisture content as
presented in table 7.
In first, we have put samples in water during one (1)
week for their saturation.
After, samples saturated by water have been naturally
drained till the moisture content researched for each
sample. Table 8 shows the different level of moisture
content fixed for this experiment. The internal moisture
content of each specimen researched have been done by
the following equation.

40

60

80

100

120

Time (H)

Figure 13: evolution of moisture content of witness sample
during the tests

Figure 14 shows the evolution of modulus of elasticity of
each sample, submitted at different moisture content, for
the first cycle.

8000

7000
6000
5000
4000

3000
2000
1000
0

0

10

20

30

40

50

Moisture content (%)

Figure 16 : Evolution of modulus of elasticity in each sample
at the fifth cycle

The precedent curve shows that modulus of elasticity
amount with moisture content of each sample at the fifth
cycle.

WCTE 2016 e-book | 1375

Figure 17 shows the comparison done between the
evolution of modulus of elasticity at the first, the second
and the fifth cycle in each sample tested here.

the form of 𝑑𝑝 = 𝑎𝑑 𝑁 + 𝑏𝑑 , where 𝑑𝑝
represents permanent displacement of Gaboon
specimens (Figure 11). These results are similar
to those issued by [27] which states that
according to EUROCODE 5 requirements [22],
under dynamic loads, assemblies lose 30% of
their resistance. Also, the results are used to
determine the endurance limit of Gaboon which
is the load at which a structure can withstand an
infinite number of cycles.

Modulus of elasticity (MPa)

14000
12000
10000
8000
15000N

6000

20000N

35000N

4000

-

Modulus
of
elasticity
decrease
with
augmentation of internal moisture content of
sample.

-

After one cycle of compressive loading,
Gaboon amount with the intensity of loading
independently of internal moisture content of
sample, may be dues to the fact that material is
damaged and compacted.

2000
0

0

10

20

30

40

50

Moisture content (%)

Figure 17: comparison between the evolution of modulus of
elasticity in each sample at the cycle 1, 2 and 5.

This curve shows that there is an evolution of elasticity
modulus in each cycle of cyclic loading, independently
of moisture content of each sample.
In definitive, in the first cycle, the curve has shown that
modulus of elasticity decrease with internal humidity of
sample. But at the second and the fifth cycle we have
seen that, modulus of elasticity amount with internal
humidity of sample and intensity of loading. This
behaviour can be explain by the fact that, after the first
cycle of compressive loading the material were
damaged. This damage, associated with the fact that after
the first compressive cycle the material is compacted
could explain the augmentation of modulus of elasticity
in each sample.

4 CONCLUSION
The general purpose of this study was to build an
experimental study on samples of Gaboon (Aucoumea
Klaineana Pierre) dimensioned according to the
standard ASTM-D-143 at the different conditions of
internal moisture content. The followed protocol
permitted us to have an experimental approach of model
of Gaboon under monotonous compressive loading, but
to have also its behaviour under cyclic compressive
loading.
The following results were obtained experimentally and
are important:
-

-

The model of monotonous compressive loading
of Gaboon show here, coincide with the model
presents by all wood; this curve present a linear
part up to 80% of his maximum loading of
rupture.
Gaboon loses more than 30% of its capacity of
resistance
under
cyclic
loading,
the
deterioration rate is faster in a cyclical load than
in a monotonous loading. Also, there is a
relationship between the number N of cycle and
permanent displacement of each cycle setting in
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EFFECTS OF TREE HEIGHT AND DIAMETER ON MECHANICAL
PROPERTIES OF STRUCTURAL LUMBER SAWN FROM JAPANESE
LARCH SELECTED PLUS TREES
Ta ashi Ta da1, Yoshihiro Hosoo2, Ta o Hashi um

3

ABSTRACT: Valuable physical and mechanical data were obtained by the wood quality survey for Japanese larch
ari kaemp eri selected plus trees. Then, we attempted to apply factor analysis for these data to reveal the hidden
relationship of various characteristic values among trees, logs, and lumbers. The results suggested that three factors
were proposed: tree diameter at breast height (DBH) as factor 1, mechanical properties as factor 2, tree height as factor
3. To harvest mechanically superior lumber, it might be necessary to measure mechanical properties of each tree for
selecting plus trees in addition of measurements of tree height and DBH.

KEYWORDS: Forest tree breeding, Factor Analysis, Mechanical properties, Japanese larch

1 INTRODUCTION 123
In Japan, approximate nine thousand trees have been
surveyed and selected as plus trees by Forest Tree Center
of Forestry and Forest Products Research Institute
(FFPRI). Japanese larch ( ari kaemp eri) is one of the
most important afforestation tree species, and the
Japanese larch plus-tree clones have been growing at
Nagano Breeding Office in Nagano prefecture.
In 1997 and 1998, 473 trees (166 clones) were cut down
for wood quality surveys. Variations of wood properties
among plus-tree clones were investigated by the Forest
Tree Breeding Center at that time (FFPRI in present) [1],
and mechanical property tests for structural lumber sawn
from the logs were conducted at Nagano Prefecture
Forestry Research Center (NPFRC) and Shinshu
University [2].
Using these data, factor analysis [3] was applied to
reveal the hidden relationship of various characteristic
values among trees, logs, and lumbers. The basic
knowledge from the analysis should be useful for
increasing production of mechanically superior lumber
in the future.

2 M thods
2.1 MATERIALS
The 2.1-m-long butt logs, which were cut from the
thinned 473 trees, were prepared for wood quality tests.
Before thinning, basic data was measured for each tree:
1

Takashi Takeda, Shinshu University, takeda@shinshu-u.ac.jp
Yoshihiro Hosoo, Shinshu University, hosoo@shinshu-u.ac.jp
3
Takeo Hashizume, former Nagano Prefecture Forestry
Research Center, take.b0492@live.jp

2

tree height, tree diameter at breast height, and clear
length. The number of repetitions for each clone was
three trees, partially two trees, then the total clones were
165 (no lumber was obtained from one clone). As index
for selecting superior clones, four properties were tested:
log stiffness, grain spirality, heartwood proportion, and
wood density. For the all four properties, significant
differences were observed among clones. Among four
properties, clear dependencies were not recognized each
other. The details of the test results will be found in the
literature [1].
In the paper, data analysis was chiefly done by using the
test results of the following logs.
The 3-m-long second logs were sawn into structural
lumbers after non-destructive measurement of the logs.
The items of measurements were small-end diameter,
density of green logs, dynamic Young’s modulus,
average annual ring width, bend, and slenderness.
Sawing was done by two steps: plank with edge was
roughly sawn with 120 mm thickness, then 30mm-thick
lumber was sawn as possible. With the exception of no
lumber sawn from some logs, 2021 lumbers was finally
obtained from 475 logs.
The lumbers were planed with the wood moulder at
NPFRC, and finished dimensions of them were 100 mm
wide, 24 mm thick, and 3 m long.
2.2 MECHANICAL PROPERTY TESTS
Specimens for bending, tensile and compressive tests
were prepared by cross-cutting of the lumbers into 800mm-long, 1800-mm-long and 100-mm-long lumbers,
respectively. Span of the four-point bending tests was
720 mm, and span of tensile tests was 900 mm. The
compressive tests were conducted for 100-mm-long
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short columns. For each tree, the average of
characteristic values of obtained lumbers was calculated,
and used for factor analysis. The summery of measured
characteristic values used for factor analysis are shown
in Table 1.
Table 1:
analysis

easure characteristic alues or actor

Measurements
Standing trees
H: Tree height (m)
DBH: Tree diameter (cm) at breast height
Logs at green state
SED: Small-end diameter (cm) of logs
Dgl: Density (kg/m3) of green logs
Efr: Dynamic Young's modulus (GPa) of logs
ARW: Annual ring width (mm)
Structural lumber
MOE: Modulus of elasticity (GPa)
MOR: Modulus of rupture (MPa)
TS: Tensile strength (MPa)
CS: Compressive strength (MPa)
2.3 FACTOR ANALYSISs
Complete data sets of tree, log and lumber was selected,
and then 421 sets remained. These data sets were used
for factor analysis by “Excel Statistics 2012” (Social
Survey Research Information Co., Ltd, Tokyo). Factor
extraction was done by Maximum Likelihood method,
and rotation was done by Varimax method.

DBH and H of standing trees, the values were
remarkable in factor 1 and 3, respectively. Factor 1, 2,
and 3 seemed to represent diameter growth, wood
quality, and height growth, respectively.
Table 2: actor loa ing matri
Factor
H
DBH
SED
Dgl
Efr
ARW
MOE
MOR
TS
CS

1
0.590
. 2
. 1
-0.030
-0.033
0.901
0.064
0.000
-0.129
-0.031

2
0.261
-0.084
-0.012
0.277
.
-0.135
. 1
0.703
0.613
0.613

3
. 11
-0.141
-0.238
. 3
-0.041
0.243
0.176
0.382
0.006
0.506

3.1.3 R lationshi amon a tors
Relationship among factors was shown in Figure 2-4.
In Figure 2, it is clear that DBH-related properties were
plotted near x-axis, and mechanical properties were
plotted near y-axis. The factors of DBH and mechanical
properties were independent on each other. “H” was
plotted at central portion of the first quadrant of the
graph. It was supposed that “H” is positive relationship
to DBH or mechanical properties.

3 RESULTS AND DISCUSSION
3.1 FACTOR ANALYSIS
3.1.1 Num rs o a tor to r tain
The scree plot was shown in Figure 1, then the number
of factors were determined as 3.

Figure 2: Relationship et een actor an

Figure 1: cree plot or ata sets o
trees, logs, an lum ers

apanese larch plus

3.1.2 Fa tor loadin matri
Factor loading matrix after rotation was shown in Table
2. In the table, the bold values represented the two
largest absolute values for each factor. Factor loading
values of mechanical properties of structural lumbers
were larger in factor 2 compared with factor 1 or 3. For

Although chief characteristic values for selecting plus
trees are H and DBH of trees, the two values might be
mostly independent on choosing superior trees which
produce many mechanically superior structural lumbers.
Both in Figure 3 and 4, distinctive placements of the
characteristic values were not observed as clear
separation of the values observed in Fig. 2. While factor
loading of mechanical properties was small in Factor 1,
and was big in Factor 2 as shown Table 2, small and big
factor loading of mechanical properties was mixed in
Factor 3. In Fig. 4, the nearest position from “Dgl” was
“CS”, and the farthest position from “H” was “CS”. Tree
height might not be expected to affect density of logs or
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compressive strength of lumber. But the
components of Factor 3 were “H” and “Dgl”.

chief

In Factor 3, density of green logs (“Dgl”) is the other
chief index. Relationship between “H” and Dgl was
shown in Fig. 5. The correlation coefficient was -0.348.

Figure 3: Relationship et een actor an
Figure 5: Relationship et een “H” and Dgl
Correlation coefficients between Dgl and mechanical
properties of lumber was shown in Table 4. The value
between Dgl and CS was biggest among the four. It
should be caused by the positive relationship between
density and latewood percentage. The relationship also
might cause that Dgl lay on Y-axis along mechanical
properties in Figure 2,
Table 4: Correlation coe icients
mechanical properties o lum er
MOE
0.318

Figure 4: Relationship et een actor

an

3.2 EFFECTS OF TREE GROWTH ON
MECHANICAL PROPERTIES
3.2.1 Tree Height (“H”)
The national project of selecting plus trees started in
1957, in Japan [4]. At selecting, superior growth and
shapes of trees were regarded as important tree attributes.
Especially, tree height was the most important index. For
Japanese larch, distortion was one of important nature,
too. Further information on forest tree breeding research
of Japanese larch will be found in the literature [5].
Correlation coefficients between “H” and mechanical
properties were very small as shown in Table 3.
Table 3: Correlation coe icients et een tree height
an mechanical properties o lum er
MOE
0.152

MOR
-0.043

TS
0.092

CS
-0.166

MOR
0.431

et een

TS
0.206

gl an

CS
0.554

Factor 3 was composed of little effective index (“H”) on
mechanical properties and effective index (Dgl) on
mechanical properties, in particularly on CS.
3.2.2 Diam t r at r ast h i ht DBH
DBH is one of the important index in Factor 1. DBH is
also important value for calculating forest resource stock
with “H”. Correlation coefficients between DBH and
mechanical properties were shown in Table 5. All
mechanical properties were weakly related to DBH.
Table 5: Correlation coe icients
mechanical properties o lum er
MOE
-0.037

MOR
-0.110

et een

TS
-0.183

an

CS
-0.161

Tree growth, both “H” and DBH, affected directly little
on mechanical properties. At selecting superior trees for
breeding, “H” and DBH are not effective index in case
of selecting breeding tree with good performance in
mechanical properties. In other words, appearance of
tree shape cannot provide inside quality of the tree.
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It should be noted that “H” and DBH has positive
correlation shown as Figure 6.

3.3.2 R lationshi
t
n E r and oth r
m hani al ro rti s
Relationship between Efr and MOE was shown in Figure
7. The values of MOE in this figure are the average of
MOEs of lumbers obtained from each log. For two logs,
nine lumbers were sawn from each log, and mean 4.3
lumber was sawn from each log. The correlation
coefficient was 0.692.

Figure 5: Relationship et een “H” and DBH
3.3 EFFECTS OF LOG INDEX ON
MECHANICAL PROPERTIES
3.3.1 Corr lation o i i nts t
n lo ind and
m hani al ro rti s
Correlation coefficients between log index and
mechanical properties were shown in Figure 6. While
ARW and SED showed weak relationship to mechanical
properties, Efr was the best estimator for mechanical
properties, especially for MOE. The coefficient between
Dgl and CS (r=0.554) was bigger than the coefficient
between Efr and CS (r=0.468), but the difference
between them was small (=0.086).
The coefficient of Dgl and CS was big in case of small
reduction of strength by knots and vice versa (small
coefficient for TS)

Figure 6: Correlation coe icients et een log in e an
mechanical properties

Figure 7: Relationship et een

r an

Examples of radial variation of MOE were shown in
Figure 8. The examples were illustrated from the data of
two logs from which nine lumbers were sawn. The clone
codes were “Minamisaku-6” and “Minamisaku-3”. The
MOEs of outer side near barks were high, and the values
of inner side near pith were low. The former portion is
mature wood, and the latter is juvenile wood. It is one of
typical feature for Japanese larch that characteristic
values of juvenile wood were particularly lower than of
mature wood. These variation of MOE affected on the
relationship between Efr and MOE shown in Figure 7.

Figure 8:
section

amples o

istri ution o

ithin cross
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For each lumber, relationship between dynamic
Young’s modulus and MOE was shown in Figure 9. The
dynamic Young’s modulus was measured with 3m-long
lamina before cutting for bending tests and so on. The
figure revealed that non-destructive measurement of
lamina could estimate quality of lumber accurately. The
correlation coefficient is very high (r=0.896).

Figure 11: Relationship
structural tim er

Figure 9: Relationship et een dynamic Young’s
mo ulus o m-long lamina an
3.3.3 R lationshi
t
n MOE and MOR
For each lumber, relationship between MOE and MOR
was shown in Figure 10. For comparison, relationship
between MOE and MOR of Japanese larch structural
timber, which were harvested from standard plantation
forests in Nagano prefecture, was shown in Figure 11.
The cross-section dimension of them was 120 mm x 120
mm. The size is usual for column in Japanese
conventional wooden houses. The data was cited from
the literature and the figure was arranged for adequate
expression [6]. The slope of regression line for plus trees
in Figure 10 was steeper than in Figure 11.

Figure 10: Relationship et een

an

R

et een

an

R o

Mean and standard deviation (SD) of MOE and MOR
for lumbers, which were sawn from plus trees and
planted trees, were shown in Table 6. In mean of MOE
or MOR, differences were little between plus and
planted trees, but SD of MOE or MOR of sawn lumber
from plus tree were bigger. The ratio of plus trees to
planted trees in MOE was 1.61, and the ratio was 1.69 in
MOR.
Standard errors of regression line of MOR on MOE for
plus and planted trees were 9.78 and 6.25, respectively.
The ratio of plus trees to planted trees was 1.57,
similarly.
It was supposed that the differences between plus and
planted trees in SD of MOE or MOR should be caused
by variation of lumber properties within each log.
Table 6: Comparison o properties o lum er et een
plus trees an plante trees
Statistics
Properties

Mean
MOE
MOR
(GPa)
(MPa)
Plus trees
9.99
57.0
Planted trees [6]
9.98
57.2
SD: standard deviation

MOE
(GPa)
2.10
1.30

SD
MOR
(MPa)
15.5
9.2

SD of MOE within each log from plus trees ranged from
0.09 GPa to 4.74 GPa. The average of SD was 1.72 GPa.
Variation within each log had large portion in SD for all
plus trees.
SD of MOR within each log from plus trees ranged from
0.12 MPa to 30.4 MPa, and the average was 13.1 MPa.
The variation in MOR was relatively large, too.
Correlation coefficient between SD of MOE and SD of
MOR within each log was 0.652. While relative
homogeneous lumbers were obtained from some logs,
lumbers with large variation of mechanical properties
might be sawn from other logs.
As DBH increased, numbers of lumbers from each log
increased (r=0.937).
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Relationship between number of lumbers from each tree
and SD of MOE was shown in Figure 12. Positive
relationship between number of lumbers and SD were
seen, but correlation was not strong. SD of MOR and
number of lumbers had little correlation as shown in
Figure 13.

In the follows, implication of selecting clones would be
discussed with the average data of trees, logs, and
lumbers for each clone.
Total number of clones was 165, in which data of failed
clones during screening tests was included, because there
was no significant differences of “H”, DBH, and MOE
between passed and failed clones. 152 clones passed and
13 clones failed.
3.4.1 Ran orr lation t
n tr
ro th and
MOE
Rank correlation between tree height (“H”) and MOE
was shown in Figure 14. Data plots were scattered all
over the graph, and correlation coefficient was 0.180.
Relationship between rank of DBH and MOE, shown in
Figure 15, was similar in case of “H” (r=-0.092).
Tree growth indices, which are apparently measured
from live tree shape, could not directly be used to select
superior clones with high performance as building
materials for structural use.

Figure 12: Relationship
rom each tree an
o

et een num er o lum ers

Figure 14: Rank correlation of “H” and MOE

Figure 13: Relationship
rom each tree an
o

et een num er o lum ers
R

3.4 IMPLICATION OF SELECTING CLONES
Three chief factors were represented DBH, MOE, and
“H” through the factor analysis as shown in section 3.1.
DBH and “H” were indices of tree growth that were
independent on MOE as shown in section 3.2. Variation
of mechanical properties within a log was not so small
compared to differences in tree-to-tree as shown in 3.3.
Then, might selecting superior clones for breeding be no
sense for producing superior structural lumber? Is there
other effective method except non-destructive evaluation
of sawn lumber?

Figure 15: Rank correlation o

an
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3.4.2 Effects of selecting by “H” or DBH
To examine effects of electing superior clone by “H”,
upper 5% clones (n=8) and lower 5% clones (n=8) were
chosen to calculate average of MOE for each group.
Mean MOEs of “upper” and “lower” were 11.0 GPa and
9.8 GPa, respectively. SDs were 1.19 GPa and 0.81 for
them. Analysis of variance was done with “Excel
Statistics 2012” as mentioned in section 3.1. Significant
difference was observed at 5% significance level.
Similarly, selection with DBH was done. Mean MOEs of
“upper” and “lower” were 9.52 GPa and 9.75 GPa,
respectively. No significant difference between the two
was appeared. The result was converse to expectation of
selecting effects in the case.
However, the possibility of effective selection by DBH
could not be completely excluded because there was
seen that “H” and DBH were positively related as shown
in Figure 16 (r=0.683).

3.

OTHER UALITES OF TREES, LOGS, AND
LUMBERS FOR EACH CLONE

3. .1 Cl ar l n th
Clear length is affected by spacing of live trees [11],[12].
In closed-stand conditions, dead branches generally
increase and clear length would be long. But correlation
between “H” and clear length was strong (r=0.677) as
shown in Figure 17.

Figure 17: Relationship et een “H” and clear length
Longer clear length will bring smaller knots of sawn
lumber. Relationship between clear length and knot size
was investigated with data for each clone. Three kind of
knot size are defined in Japanese Agricultural standard
for sawn lumber (JAS) [13]. Correlation coefficients of
max knot ratio, edge knot ratio, and concentrated knot
ratio to clear length were -0.443, -0.530, and -0.416,
respectively.

Figure 16: Rank correlation of “H” and DBH
3.4.3 E
ts o s l tin y E r
The Efficiency of selecting by Efr was considered
similarly as the former section. Significant level was also
calculated with “Excel Statistics 2012”.
Based on the results shown in Table 7, differences of
mechanical properties between upper and lower clones
were clearly distinguished, and the values of significant
level were extremely small.
One of the measurement method for Young’s modulus of
trunks of live trees is bending tests [7], [8]. Another
methods are ultrasonic method [9] or stress-ave
propagation method [10].
Table 7:
iciency o selecting
mechanical properties o lum er
MOE
(GPa)
Upper
11.7
Lower
7.9
p (x10-6)
0.0679
p: significant level

MOR
(MPa)
64.4
48.0
8.18

y
TS
(MPa)
33.9
21.2
72.9

r o log on
CS
(MPa)
48.3
36.7
7.03

3. .2 B nd and sl nd rn ss
Mean bend and slenderness of the clones were 8.4 mm
and 0.76 cm/m, respectively. Compared with small logs
[14], whose bend was 2.96 cm and slenderness 1.6 mm,
it was supposed that quality of logs from plus trees was
better than usual logs.
3. .3 Annual rin idth
Meanwhile relationship between DBH (tree diameter at
breast height) and SED (small-end diameter of logs) was
strong (r=0.973), correlation coefficients of annual ring
width of logs at small-end, lumbers for bending tests,
and lumbers for tensile tests to DBH, were 0.841, 0.770,
and 0.765, respectively. For bending-test lumbers,
correlation coefficient between MOE and annual ring
width was -0.354, and the coefficient between MOR and
annual ring width was -0.393. Wider annual ring
apparently brought lower mechanical properties, but it
was considered that differences of annual ring structure
between juvenile and mature wood should affect in
different way to each other for Japanese larch [15].
While wider annual ring results in weaker lumber in
juvenile wood, annual ring width had little effects on
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mechanical properties in mature wood. Apparent
correlation between annual rings and mechanical
properties is insignificant in mature wood.
3. .4 D l tion at ma imum ndin load
Deflection at maximum bending load increased when
MOR increased as shown in Figure 16. But relationship
between the deflection and MOE was thin (r=-0.128).
Ductility might be independent on stiffness, which is
explicitly related to strength.

Figure 16: Relationship et een e lection at ma imum
en ing loa an
R

4 CONCLUSION
From the results of the factor analysis, three factors
among characteristic values of Japanese larch plus trees,
logs and lumbers were proposed: DBH as factor 1,
mechanical properties as factor 2, tree height as factor 3.
To harvest mechanically superior lumber, it might be
necessary to select mechanically superior trees, then
mesurement of mechanical properties of each tree might
be necessary for selection plus trees in addition to
measuring tree height and diameter at breast height.
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PRACTICAL TECHNIQUES FOR THE VIBRATION METHOD WITH
ADDITIONAL MASS PART 1: EFFECT OF CROSSERS’ POSITIONS IN
LONGITUDINAL VIBRATION
Yoshitaka Kubojima1, Satomi Sonoda2, Hideo Kato3
ABSTRACT: The effect of the crosser’s position used for piled lumber on longitudinal vibration was investigated. As a
model case, specimens with and without a concentrated mass were compressed in their thickness direction at nodal and
antinodal positions of longitudinal vibration. Longitudinal vibration tests were then conducted. Young’s modulus was
unaffected by compressing the specimen at the nodal position, but it was affected by compression at the antinodal
position. When crossers are placed at the nodal positions, accurate density and Young’s modulus values will be
determined without the influence of weight of the upper lumber using the vibration method with additional mass.
KEYWORDS: Crosser, Longitudinal vibration, Position, Vibration method with additional mass

1 INTRODUCTION 123
A vibration test is a simple and nondestructive method to
measure Young’s modulus. Thus, this testing method is
applied to machine stress grading. Density of a specimen
is necessary for this testing method.
Grading machines using a nondestructive method have
been introduced into many sawmilling factories, but
numerous factories are unable to afford such machines.
Large machines cannot be used for material inspection at
a construction site. Weighing each piled lumber takes
time and labor (Figure 1). Hence, a testing method to
determine Young’s modulus of lumber without
measuring weight is needed.
The same problem exists in the 100 % inspection of the
deterioration of beams for timber guardrails (Figure 2).
Measurement of strength properties, such as the Young’s
modulus of a beam fixed to a post of a guardrail, is
required to perform the inspection simply in a short time.
Based on the theories of vibration, the effect of an
additional mass bonded to a wooden bar on Young’s
modulus of the bar has been investigated previously, and
frequency equations incorporating the effect of the
additional mass and its position have been developed [13]. The frequency equations were developed to
investigate the effect of inhomogeneity in wood such as
a knot on Young’s modulus.
Before strength tests are performed on structural
elements and full-size structural timber, the elastic
1

Yoshitaka Kubojima, Forestry and Forest Products Research
Institute, kubojima@ffpri.affrc.go.jp
2
Satomi Sonoda, Toyama Prefectural Agricultural, Forestry &
Fisheries Research Center, satomi.sonoda@pref.toyama.lg.jp
3
Hideo Kato, Forestry and Forest Products Research Institute,
hikato@ffpri.affrc.go.jp

modulus of a specimen must be determined using
nondestructive testing methods. Such cases involve
vibration tests that are performed by tapping a specimen;
in general, a longitudinal vibration test and a flexural
vibration test are used [4]. Some structural elements and
full-size structural timber contain defects such as knots;
therefore, their influence on the elastic modulus is
important.
To investigate the influence of a defect on flexural
vibration test results, an equation of flexural vibration
was solved with the Rayleigh method and the effects of a
knot and loss of a section were studied, in which a high
correlation between the dynamic Young’s modulus and
bending strength was obtained [5-13]. In our previous
work [1,2,14], an equation for the flexural vibration of a
beam with additional mass was solved and the effect of
inhomogeneity in a beam on Young’s modulus was
investigated.
Consequently, the reason for the inadequacy of the result
of the Goens-Hearmon regression method [15,16] based
on Timoshenko bending theory [17] was clarified. Yang
et al. [18-20] detected defects in wood via
nondestructive means, using curvatures of the flexural
vibration wave shape measured by modal analysis.
Relative frequency shifts in free flexural vibration were
investigated, and the defect position was detected [21].
For longitudinal vibration, an inverse solution procedure
enabling identification of the defect position from the
power spectrum was exploited, and the defect position
was effectively identified [22].
Our previous work [3] focused on the inhomogeneity of
density (e.g., a knot) in a specimen. Although the
frequency equation for the longitudinal vibration of a bar
fixed at one end and with a concentrated mass at the
other appears in many textbooks [23-25], no equation
under a free-free condition could be found. The
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longitudinal vibration test for wood timber is mainly
undertaken under a free-free condition. Accordingly, an
equation to calculate accurate Young’s modulus values
while considering the additional mass was developed
under a free-free condition. In such an equation, the
changes in Young’s modulus caused by the additional
mass as well as its bonding position on a specimen and
the effect of the resonance mode of the longitudinal
vibration test were investigated.
The effects of the additional mass and the knot on the
apparent Young’s modulus could be corrected using the
developed equation. Assuming a knot as the additional
mass, an estimation method to examine the effect of a
knot on the apparent Young’s modulus was proposed. A
high resonance mode and a position near to an end
among the antinodal positions must be ensured to reduce
the effect of the additional mass effectively [3].
These frequency equations can be used to obtain density
and Young’s modulus values after vibration tests without
weighing the specimen. This method is called the
vibration method with additional mass [26,27].
Various test conditions must be assessed to apply this
method to piled lumber. The weight of the upper lumber
is applied to the lower one through crossers. Thus, the
effect of the crosser’s position on the vibration method
with additional mass was investigated.
First, the effect of the crosser’s position on the vibration
method with additional mass was investigated using the
specimen with the length of 300 mm because the
vibration method with additional mass was effective to
the specimens with the same length [26]. Next, the effect
of the crosser’s position on the vibration method with
additional mass was investigated using the specimen
with the length of 1000 mm because plural crossers are
used for piled lumber.

Figure 2: Timber guardrail

2 VIBRATION METHOD WITH
ADDITIONAL MASS
The differential equation for the longitudinal vibration of
a rectangular bar is as follows:

∂2 y E ∂2 y
=
∂t 2 ρ ∂x 2

(1)

where x = the distance along the bar, y = the
longitudinal displacement, t = time, E = Young’s
modulus and ρ = density. Solving Equation (1), one
obtains,

y( x, t ) = Y (x )(Acos ωt + B sinωt )

(2)

where A = constant, B = constant, ω (= 2πf, f = resonance
frequency) = the angular frequency and,

Y (x ) = C cos

ω
ω
x + D sin x
c
c

(3)

where C = constant, D = constant and c = velocity.
Young’s modulus is expressed by:
2
E = ρc .

(4)

The concentrated mass M is placed at x1 = al (l = length
of a bar) and x2 = 0 (Figure 3). Since the axial force does
not exist at each extremity,
Figure 1: Piled lumber

dY1
⎧
⎪x1 = 0 : dx = 0
1
.
⎨
dY2
⎪x 2 = bl : dx = 0
⎩
2

(5)
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M

l

mn =

al

bl

y1

0

y2

x1

0

a + b = 1, 0 ≤ a, b ≤ 1
x2

Figure 3: A bar with additional mass

Since both parts of the bar are connected and the
difference in the axial force in the bar is equal to the
inertia force exerted by the concentrated mass at x1 = al
and x2 = 0,

⎧⎪ y1 = y2
2
2
⎨EA ∂y2 − EA ∂y1 = M ∂ y1 = M ∂ y 2
2
2
⎪⎩ ∂x
∂x1
∂t
∂t
2

(6)

where A = the cross-sectional area of the bar.
From Equations (2), (3), (5), and (6),

sin mn + µmn cos amn cosbmn = 0

(7) [3]

where

mn =

ω nl
c

(8)

(10)

cosamn cosbmn = 0 .

(11)

If α = 0 or 1, then Equation (10) is as follows:
(12)

This equation is the frequency equation for a bar under a
fixed-free condition without the concentrated mass.
For a bar without the concentrated mass, Equations (8)
and (10) give

ω l
nπ = n0
c

Measurement of resonance frequencies
With concentrated mass
Without concentrated mass
↓
Substituting ratio of resonance frequency
(With/Without concentrated mass) into Eq.(7)
↓
Ratio of mass (Concentrated mass/Specimen)
↓
Density
↓
Young’s modulus

3.1 SPECIMENS

(9)

This equation is the frequency equation for a bar that has
free ends without the concentrated mass.
ii) If µ = ∞, then Equation (7) is as follows:

cosmn = 0 .

The value of µ can be calculated by substituting mn from
Equation (14) into Equation (7). The density can be
obtained by substituting the calculated µ, the
concentrated mass, and dimensions of a bar into
Equation (9). The Young’s modulus can be calculated
using the calculated density and velocity from Equation
(13) [26]. The weight of a specimen is not used in this
caluclation. In this study, this procedure is called the
vibration method with additional mass.
Figure 4 shows the flow of the vibration method with
additional mass.

3 MATERIALS AND METHODS

The value of µ is the ratio of the concentrated mass to
that of the bar. Suffix n is the resonance mode number.
Equation (7) is the frequency equation for the free-free
longitudinal vibration with the concentrated mass.
i) If µ = 0, then Equation (7) is as follows:

sinmn = 0 .

(14)

Figure 4: Flow of the vibration method with additional mass

and

M
µ=
.
ρAl

fn
nπ .
f n0

(13)

where the suffix 0 = the value without the concentrated
mass.
Using Equations (8) and (13),

Sakhalin spruce (Picea glehnii Mast.) specimens, 300
mm long (L) , 30 mm wide (R), and 5 mm thick (T) and
Sitka spruce (Picea sitchensis Carr.) specimens, 1000
mm long (L) , 30 mm wide (R), and 10 mm thick (T)
were conditioned to a constant weight at 20 °C and 65 %
relative humidity. All the tests were conducted under the
same conditions.
The specimens with the length of 300 mm long were
used because the vibration method with additional mass
was effective to the specimens with the same length [26].
The specimens with the length of 1000 mm were used
for the following reason. Plural crossers are used for
piled lumber. The resonance mode numbers with plural
nodes are equal to or more than two. The second and
third modes were examined as the resonance modes
having plural nodes in this study. The upper detection
limit of the microphone used in this study was about 10
kHz. The specimens with the length of 1000 mm were
necessary for the resonance frequency of the third mode
to be less than 10 kHz from the density and Young’s
modulus of Sitka spruce [28].
3.2 LONGITUDINAL VIBRATION TEST
Longitudinal vibration tests were conducted using the
following procedures to obtain the Young’s modulus
under the simplest testing condition: specimens without
crossers were placed on small sponges at the nodal
positions of the first mode (x = l/2), second modes (x =
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l/4 and 3l/4) and the third modes (x = l/6 and 5l/6).
Longitudinal vibration tests were performed under a
free-free condition using specimens without a
concentrated mass as described in subsequent sections
(Figure 5).
Hammer

4 RESULTS AND DISCUSSION
Figure 7 shows the relationship between resonance
frequency (second and third modes) and compression
stress. The concentrated mass does not exist for these
cases. The resonance frequencies of the compressed
specimens were approximately equal to those of the
specimens without compression. Hence, compression at
the nodal positions did not affect the resonance
frequency.

Specimen

Bandpath
filter

FFT
analyzer

Figure 5: Diagram of longitudinal vibration test without
compressing a specimen

A model testing system was used to examine the effect
of crossers [29,30]. The specimens were compressed at
the nodal positions of the first, second and third modes
mentioned above and the antinodal positions for the first
mode (x = 0), the second modes (x = l/2) and third modes
(x = l/3 and 2l/3). The compression load was measured
using a load cell and recorded with a data logger (Figure
6). Longitudinal vibration tests were performed using
specimens with and without a concentrated mass.
Iron piece

9000

Sponge

Bolt

Hammer

Loadcell
Specimen

Microphone

Bandpath
filter

FFT
analyzer

Figure 6: Diagram of longitudinal vibration test with
compressing a specimen

Vibration was initiated in the longitudinal direction at
one end with a hammer, whereas the motion of the bar
was detected by a microphone at the other end. The
signal was processed through an FFT digital signal
analyzer to yield high-resolution resonance frequencies.
A staple (approximately 0.056 - 0.057 g) was used as the
concentrated mass. One (for the first mode), two, four,
six, and eight staples (for the second and third modes)
were driven into the specimen at x = 0 on the RT-plane;
the values of µ were approximately 0.00290, 0.00313,
0.00235, 0.00157 and 0.000783, respectively, as
calculated using the masses of the staple and the
specimen.

Resonance frequency [Hz]

Sponge
Microphone

8500

3rd mode

8000
7500

Compression at
the nodal position of
2nd mode (x = l/4, 3l/4)
3rd mode (x = l/6, 5l/6)
Without compression

7000
6500
6000

2nd mode

5500
5000

0

2

4

6

8

10

Compression stress [MPa]
Figure 7: Relationship between resonance frequency and
compression
stress
(Compression:
Nodal
position,
Concentrated mass: none)

Figure 8 shows the wave forms when the specimens
were compressed at the antinodal positions. The peak of
the second mode disappeared upon compressing the
specimens at the antinodal position of the second mode.
The peaks of the first and third modes appeared in this
case because the compression position (x = l/2)
corresponded to the nodal positions of the first and third
modes. Nodal and antinodal positions of the free-free
longitudinal vibration are shown in Table 1. By contrast,
the peaks of the first, second, and third modes
disappeared upon compressing the specimens at the
antinodal position of the third mode. The distances
between the compression position and the antinodal
position were l/3 (= l/3 – 0) for the first mode and l/6 (=
l/2 – l/3) for the second mode. The results indicated that
the distances between the compression position and the
antinodal position of l/3 and l/6 were so small that the
peaks of the first and second modes did not appear.
Therefore, the appropriate resonance frequencies may
not be measured by compressing at the antinodal
positions.
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1st

-20

Voltage [dBV]

can be obtained without the influence of the weight of
the upper lumber using the vibration method with
additional mass.

Compression:
Anti-nodal position of the 2nd mode ( x = l/2)

0

Table 2: Results of the longitudinal vibration test

3rd

-40
-60

Case
x
E
σ
µ
ρ
Without concentrated mass
1
None
0
0
428
13.53
2
0
2.99
0
428
2.19
3
l/2
3.80
0
428
13.55
Vibration method with additional mass
4
None
0
0.00273
456
14.40
5
l/2
4.41
0.00296
420
13.29
x = compression position, σ (MPa) = compression stress,
ρ (kg/m3) = density, E (GPa) = Young’s modulus, and ρ
= 428 was calculated using volume and weight

-80
-100
Compression:
Anti-nodal position of the 3rd mode (x = l/3, 2l/3)

0

Voltage [dBV]

-20
-40
-60
-80
-100

0

2000

4000

6000

8000

1 10

4

Frequency [Hz]

Figure 8: Wave forms (Compression: Anti-nodal positions)

Table 1: Nodal and anti-nodal positions of free-free
longitudinal vibration

Mode
1st
2nd
3rd
4th
5th

Node
l/2
l/4, 3l/4
l/6, l/2, 5l/6
l/8, 3l/8, 5l/8, 7l/8
l/10, 3l/10, l/2, 7l/10,
9l/10

Anti-node
0, l
0, l/2, l
0, l/3, 2l/3, l
0, l/4, l/2, 3l/4, l
0, l/5, 2l/5, 3l/5,
4l/5, l

Table 2 shows a representative example for the first
mode.
The compression stress was 2.99 - 4.41 MPa. In our
previous study [29], resonance frequency rose with
increased compression stress and became constant for a
compression stress > 0.5 MPa. Hence, compression
stresses during the longitudinal vibration tests in this
study were sufficiently large to obtain a constant
resonance frequency.
The vibration method with additional mass was effective
under the free-free condition after comparing cases 1 and
4 as shown previously [26]. When comparing cases 1 – 3,
the Young’s modulus was unaffected by compression of
the specimen at the nodal position, but it was affected at
the antinodal position. The resonance frequency for case
2 was not appropriate because the wave form was
unclear. The vibration method with additional mass was
effective when the specimen was compressed at the
nodal position after comparing cases 1 and 5. These
results suggest that when crossers are placed at the nodal
positions, accurate density and Young’s modulus values

Table 3 shows the results for the second and third modes.
The compressing stress was larger than 4.5 MPa. The
vibration method with additional mass was effective for
the specimens compressed at the nodal positions of the
second and third modes as is the case with the first mode
for eight and six staples but not in the case for four and
two staples.
Table 3: Ratios of density and Young's modulus obtained by
the vibration method with additional mass to those without the
concentrated mass

Mode

2nd
3rd

2nd
3rd

Number of staples
8
6
4
2
vs. Compressed specimen without
a concentrated mass
0.95
0.99
1. 12
6.73
(0.046)
(0.036)
(0.21)
(12.54)
0.96
0.98
1.46
2.24
(0.077)
(0.055)
(0.93)
(1.40)
vs. Not-compressed spceimen without
a concentrated mass
0.95
1.00
1.12
6.73
(0.049)
(0.039)
(0.20)
(12.53)
0.96
0.98
1.47
2.25
(0.075)
(0.052)
(0.94)
(1.41)

Mean (SD) of six specimens
This phenomenon is believed to be caused by the
existence of the suitable range of µ. Figure 9 shows the
relationship between m1 and µ calculated using Equation
(7). The large absolute value of the differential
coefficient is suitable because the effect of any errors in
m1 caused by measuring the resonance frequency on µ is
small. Thus, a very light concentrated mass (0.4573 0.1143 g) was used in this study so that µ would to be
small. The error of estimation of Young’s modulus
becomes small theoretically when the mass ratio is small.
However, the measurement error increases under a very
small mass ratio because the difference between the
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resonance frequency with the concentrated mass and that
without it becomes too low [31]. An example of
resonance frequency for a specimen is shown in Table 4.

3.5

12.90 kg × (10 −1) / 2 / (0.03 m × 0.105 m)
. (15)
= 18.4 kPa

a=0.5

π
3

m

1

a=0.4
2.5

a=0.3
a=0.2

2

a=0.1
a=0

1.5

0

2

4

6

8

10

µ
Figure 9: Relationship between m1 and µ
Table 4: An example of resonance frequency [Hz] of the
second and third modes of a compressed specimen with and
without the concentrated mass

Mode
2nd
3rd

8
5466
8189

considered. Assuming the density of 390 kg/m3 [28],
weight is 12.90 kg. Ten-tiered piled lumber is considered.
When the timber is supported by two crossers with the
cross section of 30 mm × 30 mm, the compression stress
applied to the undermost timber through a crosser is

Number of staples
6
4
2
0
5471 5475 5479 5484
8196 8200 8215 8216

Hence, the vibration method with additional mass was
effective for the specimens compressed at the nodal
positions under a suitable concentrated mass.
The next step is to examine the applicability of this
measurement method to full-sized lumber. For this
purpose, Sonoda et al. [30] examined the connecting
method of the concentrated mass (screw connection and
tape connection) and mass ratio. As a result, the screw
connection provided better estimation than the adhesive
tape connection. The specimen with screw connection
showed remarkable resonance. The damping of vibration
of the specimen with adhesive tape connection was
observed, as evidenced by the increase in additional
mass. Damping affected measurement of the resonance
frequencies. The mass ratio was suitable for the
estimation at approximately 2 %. The estimated Young’s
modulus decreased according to the increase in the mass
ratio or damping. The difference depends on certain
conditions such as the resonance frequency and the
performance of the frequency analyzer.
For the same purpose, the vibration method with
additional mass must be applied to a model of piled
lumber. The compression stress applied to lumber in this
case will be much smaller than the compression in this
study. For example, Sitka spruce lumber with the
dimensions of 105 mm × 105 mm × 3000 mm is

The compression stress of 18.4 kPa (This value does not
contain the weight of crossers) is much smaller than 4.5
MPa in this study.
In addition, placing crossers at the nodal positions
accurately will require a considerable amount of time
and labor in an actual case. Hence, the effect of the
distance between the nodal position and a crosser on the
vibration method with additional mass should be
investigated. The influence of the number of crossers
will be studied because more than two crossers are
sometimes used. Furthermore, the moisture content of a
specimen for the vibration method with additional mass
will be an important matter.

5 CONCLUSIONS
The effect of the crosser’s position used for piled lumber
on longitudinal vibration was investigated. As a model
case, specimens with and without a concentrated mass
were compressed in their thickness direction at the nodal
and antinodal positions of longitudinal vibration and
longitudinal vibration tests were conducted.
Sakhalin spruce specimens, 300 mm long (L) , 30 mm
wide (R), and 5 mm thick (T) and Sitka spruce
specimens, 1000 mm long (L) , 30 mm wide (R), and 10
mm thick (T) were used.
Longitudinal vibration tests were conducted using the
following procedures to obtain the Young’s modulus:
specimens without crossers were placed on small
sponges at the nodal positions of the first mode (x = l/2),
second modes (x = l/4 and 3l/4), and third modes (x = l/6
and 5l/6). Longitudinal vibration tests were performed
under a free-free condition.
A model testing system was used to examine the effect
of crossers. The specimens were compressed at the nodal
positions of the first, second, and third modes mentioned
above and the antinodal positions for the first mode (x =
0), the second modes (x = l/2) and those for the third
modes (x = l/3 and 2l/3). The compressing load was
measured using a load cell and recorded with a data
logger. Subsequently, the longitudinal vibration tests
were performed.
A staple (approximately 0.056 - 0.057 g) was used as the
concentrated mass. One (for the first mode), two, four,
six, and eight staples (for the second and third modes)
were driven into the specimen at x = 0 on the RT-plane;
the values of µ were approximately 0.00290, 0.00313,
0.00235, 0.00157, and 0.000783, respectively, as
calculated using the masses of the staple and the
specimen.
The following results were obtained.
1) The resonance frequencies of the compressed
specimens at the nodal positions were approximately
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equal to those of the specimens without compression.
Hence, compression at the nodal positions did not affect
the resonance frequency.
2) The second mode disappeared in compression at the
antinodal position of the second mode, whereas the first,
second, and third modes disappeared upon compression
at the antinodal position of the third mode. Possibly, the
appropriate resonance frequencies could not be measured
by compression at the antinodal positions.
3) The vibration method with additional mass was
effective using the specimens with the length of 300 mm
without compressing them for the first mode. The
vibration method with additional mass was also effective
when the specimens were compressed at the nodal
position of the first mode.
4) The vibration method with additional mass was
effective for the specimens compressed at the nodal
positions of the second and third modes as is the case
with the first mode for eight and six staples while it was
not for four and two staples.
Theoretically, the error of estimation of Young’s
modulus becomes small when the mass ratio is small.
However, the measurement error increases under a very
small mass ratio because the difference between the
resonance frequencies with the concentrated mass and
that without it becomes too low. Hence, the vibration
method with additional mass was effective for the
specimens compressed at the nodal positions under a
suitable concentrated mass.
5) When crossers are placed at the nodal positions,
accurate density and Young’s modulus values will be
obtained without the influence of the weight of the upper
lumber using the vibration method with additional mass.
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PRACTICAL TECHNIQUES FOR THE VIBRATION METHOD WITH
ADDITIONAL MASS PART 2: EXPERIMENTAL STUDY ON THE
ADDITIONAL MASS IN LONGITUDINAL VIBRATION TEST FOR
TIMBER MEASUREMENT
Satomi Sonoda1, Yoshitaka Kubojima2, Hideo Kato3
ABSTRACT: The aim of this study was to develop a practical, and non-destructive test method to determine Young’s
modulus for a timber sample without measuring its weight. The longitudinal vibration method with additional mass tests
was used. The effects of the weight of the additional mass and the connection method between the mass and specimen
were examined to determine the applicability of this method to timber. The method provided good estimation of
Young’s modulus under suitable conditions.
KEYWORDS: Young’s modulus, Longitudinal vibration, Non-destructive testing, Vibration method with additional
mass

1 INTRODUCTION 123
The longitudinal vibration test is a simple and popular
non-destructive testing method for measuring Young’s
modulus of a timber sample. It is often employed in
stead of the mechanical grading machine because the
testing equipment is simple, portable, and low-cost. The
equipment is a spectrum analyser. The above advantages
of the analyser have led to remarkable progress recently.
The normal longitudinal vibration test requires the
specimen’s density. The size and weight of the specimen
need to be measured in order to determine its density.
However, weighing timber is often time-consuming or
difficult work in practice. Previous researchers have
examined methods for determining the Young's modulus
without weighing timber. Arima et al. reported that
Young’s modulus can be roughly determined from the
resonant frequency of longitudinal vibration alone [1].
Yamasaki and Sasaki proposed a method to estimate the
timber density by using a statistical simulation based on
relationships between the density and Young’s modulus
[2, 3]. They applied this method to determine Young’s
modulus of timber by using the stress wave propagation
velocity.
A vibration test using additional mass has recently been
proposed [4, 5]. This method estimates Young’s
modulus of a wooden bar without information on its
1

Satomi Sonoda, Toyama Prefectural Agricultural, Forestry
and Fisheries Research Centre, Japan,
satomi.sonoda@pref.toyama.lg.jp
2
Yoshitaka Kubojima, Forestry and Forest Products Research
Institute, Japan, kubojima@ffpri.affrc.go.jp
3
Hideo Kato, Forestry and Forest Products Research Institute,
Japan, hikato@ffpri.affrc.go.jp

density. The theoretical basis of this method is that an
additional mass lowers the resonant vibration frequency
of a bar. Initially, this influence was studied to examine
the vibration behaviour of a wooden bar with knots or
holes. These studies were introduced in our previous
paper (part 1) [6]. The vibration method with additional
mass estimates Young’s modulus by using the resonant
frequencies of vibration of a bar under two conditions:
the bar without an additional mass and a concentrated
additional mass.
To realise practical application of this method to timber
measurement, we need to determine the suitable
conditions such as the level of the additional mass and
method to connect the timber specimen and additional
mass. This paper introduces the longitudinal vibration
test method with additional mass and reports the
experimental results from evaluating Young’s modulus
of timber with the method under several conditions.

2 LONGITUDINAL VIBRATION WITH
ADDITIONAL MASS
2.1 MATHEMATICAL MODEL
The longitudinal vibration test is a well-known method
for measuring Young’s modulus of a bar. When the
density of the bar ρ is known, Young’s modulus of the
bar E is given by
𝐸 = 4𝑓O 2 𝑙 2 𝜌,

(1)

where fO is the resonance frequency of the bar without
additional mass and l is the length of the bar. There are
various resonant frequencies, but only the resonant
frequency of the first natural mode of longitudinal
vibration was considered in this study.
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Figure 1 shows a model for the longitudinal vibration of
a free-supported bar with a concentrated mass at its end.
Axial force
T=0

𝜕𝑇
𝑇+
𝑑𝑥
𝜕𝑥

T

𝜌=

𝑀
,
𝜇𝑆𝑙

𝜇= −

𝑡𝑎𝑛 𝜆
.
𝜆

(8)

Young’s modulus is calculated by using the calculated
density from Equation (1). We can directly calculate
Young’s modulus as follows:

Ma+T = 0

4𝜋𝑙𝑀𝑓𝑂 𝑓
(9)
.
𝑆 tan 𝜆
Incidentally, the function G(x) shows the waveform of
the first natural mode along the longitudinal direction of
the bar. C4 is zero under the conditions in Equation (2).
When G(x) is redefined as the normal function of the
first natural mode of the longitudinal vibration of the bar
with the concentrated mass, it can be expressed as
follows:
𝑥
𝐺(𝑥) = cos (𝜆 ) .
(10)
𝑙
Figure 2 shows relationship between μ and λ. Equation
(7) indicates that λ decreases monotonically as μ
increases. Hence, f decreases as M increases.
𝐸=−

x

dx

Concentrated mass M

u

𝑢+

𝜕𝑢
𝑑𝑥
𝜕𝑥

t

l

x=0

x=l

Figure 1: Model for the longitudinal vibration of a bar with a
concentrated mass.

The axial force T at the free end of the bar is zero when
the bar is resonant. The axial force at the end is −Ma,
where M is the mass of the concentrated mass and a is
the acceleration of the mass. These boundary conditions
at the cross-sectional ends of the bar are expressed as
𝐸𝑆

𝜕𝑢
|
= 0,
𝜕𝑥 𝑥=0

𝑀

𝜕2𝑢
𝜕𝑢
| + 𝐸𝑆 |
= 0,
𝜕𝑡 2 𝑥=𝑙
𝜕𝑥 𝑥=𝑙

(2)

where S is the cross-sectional area of the bar, u is the
displacement, x is the position, and t is the time.
The vibration equation u(x, t) is given by
𝑢(𝑥, 𝑡) = 𝐹(𝑡)𝐺(𝑥),

(3)

where F(t) is expressed as
𝐹(𝑡) = C1 cos 𝜔𝑡 + C2 sin 𝜔𝑡,

(4)

where C1 and C2 are constants, ω is the fundamental
angular frequency (ω = 2πf), and f is the resonance
frequency of the bar with additional mass. G(x) is
expressed by
𝜔
𝜔
(5)
𝐺(𝑥) = C3 cos 𝑥 + C4 sin 𝑥,
𝑐
𝑐
where C3 and C4 are constants, and c2 = E/ρ.
Solving Equation (3) under the boundary conditions of
Equation (2) gives
𝐸𝑆
𝜔𝑙
tan
= 0.
𝑐
𝑐
Equation (6) can be expressed as follows:
𝑀𝜔 +

𝜇𝜆 + tan 𝜆 = 0,

(6)

(7)

where μ is the mass ratio of the bar with the concentrated
mass (μ = M/W), W is the mass of the bar, and λ = πf/fO.
Equation (7) shows that we can estimate the mass ratio if
f and fO are known, even if the density of the bar is
unknown. In other words, the density and Young’s
modulus of the bar can be evaluated without weight
measurement of the bar if f, fO, and M are known. The
density is calculated as follows:

Figure 2: Relationship between μ and λ.

When M is zero, μ is also zero, λ equals π, and f equals fO.
Thus, Equation (10) is expressed as follows:
𝑥
(11)
𝐺(𝑥) = cos (𝜋 ) .
𝑙
This equation is the same as the normal function of a
free‒free supported bar, as shown in Figure 3.
When M is increased to infinity, λ decrease to π and f
decreases to fO/2. Thus, Equation (10) is expressed as
follows:
𝜋𝑥
𝐺(𝑥) = cos ( ) .
(12)
2𝑙
This equation is the same as the normal function of a
free‒fixed supported bar, as shown in Figure 3.
As described later, the resonant mode of the bar in the
practical longitudinal vibration test with additional mass
is similar to the resonant mode of a free‒free supported
bar because the practical test employs a light-weight iron
plate as the additional mass.
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Free end

f = fO

Free end or M = 0

a) Free‒free supported bar or M = 0.

Concentrated mass

Free end

f < fO

b) Free‒free supported bar with additional mass.

Fixed end or M  

Free end

f = fO /2

c) Free‒fixed supported bar or M  .
Figure 3: First natural mode for the longitudinal vibration of a
bar with a concentrated mass.

2.2 PROBLEMS OF PRACTICAL TECNIQUES
This paper focuses on two basic techniques to apply the
vibration method with additional mass to measuring
timber: determining a suitable level of additional mass
and determining a suitable connection method between
the additional mass and sample. There are several other
important techniques for practical use. For example, the
suitable crossers’ position is important for measuring
piled timber. Our previous paper (part 1) examined this
problem [6].
To solve the problem of a suitable level of mass involves
determining the mass ratio. Equation (8) requires the
mass ratio μ, which is evaluated by using the frequency
ratio f/fO. Figure 4 illustrates relationship between
frequency and mass ratios. Equation (7) is used to
numerically calculate the relationship. When the
frequency ratio is small, it can be measured with a small
error. However, the measurement error of the frequency
affects the calculated value of the mass ratio because the
slope of the frequency ratio‒mass ratio curve is large
under this condition.
On the other hand, the error tends not to affect the
estimation of the mass ratio when the frequency ratio is
large if the resonance frequency can be accurately
measure. This approach seems practical because
frequency analysers provide high-frequency resolution
nowadays. In addition, a heavy additional mass is not
easy to use for measurements.

Figure 4: Relationship between the frequency and mass ratios.

Easy attachment and detachment of the additional mass
to and from a specimen are important for practical use.
However, damping occurs if the additional mass is not
sufficiently fastened to the sample. This damping affects
the measurement of the resonance frequency. Damping
not only makes measurement of the resonance frequency
difficult but also lowers the resonance frequency.
Therefore, a suitable connection method between the
additional mass and sample is needed.
Mechanical fasteners such as wood screws fasten the
additional mass to the specimen and conduct the axial
force well. Attaching and detaching the additional mass
with an electric screw-driver is easy. A disadvantage of
this joint method is that mechanical fasteners damage the
cross-sectional end of the specimen.
Adhesive tape does not damage the specimen. This
connector is more difficult to use than the wood screw
joint in terms of attaching and detaching the additional
mass. In terms of conducting the axial force, this
connector is inferior to the wood screw joint because of
its viscoelasticity, which induces damping behaviour.
Specimen

Additional mass

Connector

Figure 5: Attaching an additional mass to the specimen with a
connector.
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3 MATERIALS AND METHODS
3.1 SPECIMENS
Two Sitka spruce (Picea sitchensis Carr.) specimens,
with dimensions of 1600 mm (length) × 105 mm (width)
× 105 mm (thickness) were used. They were free from
defects such as knots, which affect resonant frequency.
Table 1 presents the specimen weights.
Table 1: Specimen weights

Specimen
Specimen A
Specimen B

Weight (g)
7231
7018

3.2 LONGITUDINAL VIBRATION TEST
Longitudinal vibration tests were conducted using the
procedure shown in Figure 6.

Figure 7: Iron-head and other types of hammers.

Steel plate

Sponge supports
l = 1600 mm

Spectrum analyser
Figure 6: Schematic diagram for test of longitudinal vibration
with additional mass.

The specimen was supported by three sponges under
free‒free support condition. The cross-section of the
specimen was hit with a hammer. The impact sound was
recorded with a microphone at the other end of the
specimen. The resonant frequency of the first natural
mode of longitudinal vibration was approximately 1.7
kHz.
A hammer with an iron-head was used, as shown in
Figure 7. This hammer provided clear frequency
spectrum of the longitudinal vibration test. This ironhead hammer is often employed because of the high
resonant frequency of the longitudinal vibration.
The microphone was an electric condenser-type for
personal computers, as shown in Figure 8. Its frequency
response was from 20 Hz to 20 kHz.
The first resonance frequency of the longitudinal
vibration was measured with a spectrum analyser (FFT
analyser). This spectrum analyser system consisted of
the spectrum analyser program WaveSpectra [7] and a
Windows PC.
First, the normal longitudinal vibration test was
performed in order to measure fO. Next, the longitudinal
vibration test with additional mass was performed under
various conditions.

Figure 8: Microphone and fastened steel plate with wood
screws.

In the test using an additional mass, the mass was
connected to the other end of the specimen from the
impact site. Six steel plates were employed as the
additional mass, as indicated in Table 2 and Figure 9.
The cross section of the plates was 70 mm × 70 mm.
Table 2: Steel plates and connection

Plate
No.1
No.2
No.3
No.4
No.5
No.6

mass (g)*
80.28 (1%)
157.84 (2%)
347.48 (5%)
608.33 (8%)
721.52 (10%)
1213.41 (17%)

*mass (level of mass ratio)

thickness
2.3 mm
4.5 mm
9.0 mm
16 mm
19 mm
32 mm

Screw
length
25 mm
25 mm
25 mm
32 mm
41 mm
65 mm

Two connection methods were tested: adhesive tape or a
set of four wood screws, as shown in Figure 9. The steel
plate was fastened to the specimen with a set of four
wood screws through the holes of the plate. Table 1
presents the screw lengths, which were twice the
thickness of the plate or more. Fastening wood screws to
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previous screw holes in the specimen was avoided, as
shown in Figure 8.
The adhesive tape SKD-19 (3M Co., Ltd.) shown in
Figure 9 was used for the adhesive tape connection. The
steel plate adhered to the specimen with the adhesive
tape on all contact faces of the steel plate and one crosssectional end of the specimen after dust and oil were
cleaned off the contact faces. The additional mass
regarded as the sum of the masses of the steel plate and
connector (i.e. the four screws or adhesive tape).

Mass ratio μ = 1.2%

μ = 2.3%

μ = 4.9%

μ = 8.5%

μ = 10.1%

Figure 9: Steel plates, wood screws, and adhesive tape.

μ = 17.0%

Several times measurements were conducted under the
same conditions in order to examine the measurement
error.

4 RESULTS AND DISCUSSION
4.1 FREQUENCY SPECTRUM
Figure 10 and 11 show examples of the observed
frequency spectra for longitudinal vibrations of
specimens with steel plates. Figure 12 and 13 show the
relationship between the mass and frequency ratios.
The screw connections produced sharp resonance
frequency spectra at all mass ratios, as shown in Figure
10. The observed spectra did not show remarkable noise.
With such frequency spectra, identifying resonant peaks
and measuring resonant frequencies are easy. The
vibration damping broadened the peak of the resonant
frequency spectrum. The observed spectrum peaks had
sharp shapes because sufficiently long wood screws
were used.
The resonance frequency was found to decrease with
increasing mass ratio. The observed data agreed with the
theoretical curve, as shown in Figure 12. The observed
frequency ratio was slightly less than the theoretical
value. The difference seems to mainly be due to the
damping by the connection. Our employed mathematical
model did not adopt the damped vibration because of the
former’s simplicity. The wood screw connection is
considered a suitable method for measuring the resonant
frequency for the longitudinal vibration of a bar with
additional mass.
The adhesive tape connections produce sharp resonance
frequency spectra when the mass ratio was small, as
shown in Figure 11. The resonant frequency decreased
with increasing mass ratio, just as with the wood screw
connections. The observed data agreed with theoretical
curve under this condition, as shown in Figure 13. The

Figure 10: Example of observed frequency spectra of wood
screw connection.

Mass ratio μ = 1.2%

μ = 2.2%

μ = 4.8%

μ = 8.4%

μ = 10.0%

μ = 16.8%

Figure 11: Example of observed frequency spectra of adhesive
tape connection.
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difference increased with the mass ratio. In contrast, the
spectra became dull and noisy with increasing mass ratio
because the viscoelasticity of the adhesive tape produced
marked damping behaviour. Identifying the resonant
frequency spectrum and measuring the correct frequency
were difficult under such conditions. The frequency
often could not be measured. Thus, the observed
frequency ratio did not agree with the theoretical curve
under this condition. Thus, the adhesive tape connection
can be used when measuring the resonant frequency for
the longitudinal vibration of a bar with additional mass if
the mass ratio is small.

Specimen A

Specimen B

a) Evaluated density

Specimen A

a) Specimen A

Specimen B

b) Specimen B

Figure 12: Relationship between the mass and frequency ratios
of the wood screw connection.

b) Evaluated Young’s modulus
Figure 14: Relationship between the mass ratio and evaluated
properties of the wood screw connection.

Specimen A

a) Specimen A.

Specimen B

b) Specimen B.

Figure 13: Relationship between the mass and frequency ratios
of the adhesive tape connection.

4.2 EVALUATED MATERIAL PROPERTIES
Figure 14 shows the relationship between the mass ratio
and density or Young’s modulus of a specimen with a set
of four wood screw connections. Figure 15 shows the
same relationship with adhesive tape connections. The
density and Young’s modulus were calculated by using
Equations (8) and (9), respectively. Young’s modulus
had the same trend as the density, in the evaluation
because both properties were calculated using the same
mathematical model. The true density (ρ) was the weight
of the specimen divided by its volume. The true Young’s
modulus (E) was calculated by using Equation (1)
(estimated from the normal longitudinal vibration test).
The evaluated values were often smaller than the true
values. The difference was assumed to mainly be due to
the damping of the connection, as discussed previously.
However, the difference remarkably affected the

a) Evaluated density

Specimen A

Specimen B

b) Evaluated Young’s modulus
Figure 15: Relationship between the mass ratio and evaluated
properties of the adhesive tape connection.
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evaluated value. Accordingly, a suitable mass ratio is
important for this testing method. The evaluated values
tended to agree with the true values when the mass ratio
was small. Although the smallest mass ratio was 1%, the
best agreement with the true value was when the mass
ratio was approximately 2%. The theoretical frequency
ratios were 99% and 98% when the mass ratio was 1%
and 2%, respectively. The measurement error of the
frequency was assumed to affect the evaluated value
when the mass ratio was very small. The most suitable
mass ratio was determined to be 2% in this study.
Strictly speaking, the specimen's properties need to be
examined to determine the most suitable mass ratio
because the resonant frequency varies with the length,
Young’s modulus, and the density. The frequency
resolution of the frequency analysis also influences the
suitable mass ratio. Although this suitable value for the
mass ratio seems feasible for practical application, the
optimum mass ratio can be determined if required by
examining the mass ratio of some of the test pieces.
Tables 3 and 4 present the discrepancy (evaluation error)
between the true and estimated values. The evaluation
error δ was calculated as follows:
𝛿=

𝑉E − 𝑉T
,
𝑉T

(13)

where VE and VT are the evaluated and true values,
respectively. The wood screw connection was able to
provide satisfactory evaluation under suitable conditions
(mass ratio of approximately 2%), as presented in Table
3. The mean evaluation error was approximately −1%.
The adhesive tape connection also allowed for
evaluation with a small mass ratio. The mean evaluation
error was from −9% to −6%. Though generally the
moduli of elasticity obtained by vibration tests are
somewhat higher than those from static experiments, the
differences are small and mostly negligible [8]. Young's
modulus of timber obtained by the longitudinal vibration
test is also somewhat higher than that from static test in
bending. That can be confirmed by the experimental
results in previous studies for instance Arima et al [1].
With appropriate conditions, the longitudinal vibration
test with additional mass is considered to provide a
practical accuracy similarly to the normal longitudinal
vibration test as substitute of the static bending test.
Table 3: Evaluation error of the wood screw connection
(unit: %)
Specimen A
Mass ratio

1.2

2.3

4.9

8.5

10.1

17.0

Mean

-0.2

-1.1

-4.7

-6.6

-6.7

-7.6

Max.

3.6

0.1

-4.1

-6.2

-5.7

-7.5

Min.

-4.8

-1.8

-5.5

-7.0

-7.8

-7.7

Specimen B
Mass ratio

1.3

Mean
Max.
Min.

7.1
15.4
-7.3

2.3
-0.9
0.4
-4.7

5.0

8.8

10.4

-18.7
-12.6
-26.2

-11.7
-10.4
-14.0

-9.7
-9.3
-10.8

17.5
-8.8
-8.7
-9.2

Table 4: Evaluation error of the adhesive tape connection
(unit: %)
Specimen A
Mass ratio

1.2

4.8

8.4

10.0

16.8

Mean
Max.

-11.9
-7.4

2.2
-6.2
3.2

-21.8
-10.7

-30.4
-29.9

-27.7
-27.0

-74.1
-56.0

Min.

-15.6

-14.2

-35.4

-31.3

-28.6

-87.5

Mass ratio

1.2

2.3

5.0

8.7

10.3

17.3

Mean

-10.5

-8.7

-26.3

11.3

n/a

n/a

Max.
Min.

-10.4
-11.6

-8.0
-9.6

-25.0
-26.8

76.6
3.8

n/a
n/a

n/a
n/a

Specimen B

5 CONCLUSIONS
Although the longitudinal vibration test is a popular
method for measuring Young’s modulus, it requires the
density of the specimen, so the weight of the specimen
need to be measured. The longitudinal vibration test with
additional mass is a convenient method for measuring
Young’s modulus without weighing the specimen. In
order to develop practical technology of the longitudinal
vibration test method with additional mass for timber
measurement, experiments were performed to determine
a suitable mass ratio and connection method between the
additional mass and specimen.
Two Sitka spruce specimens (1600 mm × 105 mm × 105
mm) free of defects such as knots were used. Six steel
plates were employed as the additional mass. Two
connection methods of adhesive tape and four wood
screws were considered.
The conclusions are as follows:
1) The resonant frequency of the first natural mode of
longitudinal vibration decreases with increasing mass
ratio.
2) With the wood screw connection, because the
frequency spectrum of the resonant vibration was
noiseless and sharp, the resonance frequency was easy to
measure. When the adhesive tape connection was used
with a very small mass ratio, a sharp and noiseless
frequency spectrum was also observed. However, this
changed to an unclear spectrum with an increasing mass
ratio because the viscoelasticity of the adhesive tape
affected the resonant vibration.
3) With the wood screw connection, the observed
frequency ratio was slightly smaller than the theoretical
value. The same trend was observed with the adhesive
tape when the mass ratio was small.
4) The evaluated material properties (density and
Young’s modulus) tended to be smaller than the true
values.
5) The accuracy of the evaluated material properties
decreased with increasing mass ratio. The optimum mass
ratio for material property estimation was approximately
2% under the experimental conditions. The mean
estimation error in the test with the wood screw
connection and the most suitable mass ratio was −1%.
With the adhesive connection, the mean error was
approximately −7%.
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INFLUENCE OF DENSITY DISTRIBUTION ON THE MECHANICAL
EFFICIENCY OF COCONUT STEM GREEN TISSUES
Oswaldo Mauricio González1, Khoi Anh Nguyen2
ABSTRACT: The research that constitutes this paper is part of a series of publications that aim at understanding, from
an engineering perspective, the form-structure-function relationship of senile coconut palm stems (Cocos Nucifera L.)
as foundation for biomimetic applications. This study particularly aims at determining, evaluating and analysing the
influence of the characteristic basic density distribution on the mechanical efficiency and properties of senile coconut
stem green tissues (referred to here as cocowood) in terms of the palm stem mechanical performance per unit mass. To
achieve these objectives, the cocowood mechanical efficiency is determined from the material performance indices,
which in turn are calculated from the typical relationships of basic density-stiffness and basic density-compressive
strength. The distinctive mechanical efficiency is modelled herein for the entire coconut stem-tissue structure. The
research outcomes showed that the variation of basic density and its relationships with the material stiffness and
strength give rise to a high mechanical efficiency, which was comparable to some advanced engineering materials. The
knowledge advanced from this study has a significant future potential as it can be applied into the development of new
superior material/structure concepts.
KEYWORDS: Cocowood (coconut stem green tissue), performance index, mechanical efficiency, mechanical
properties, basic density, stiffness, compressive strength.

1 INTRODUCTION 123
From the point of view of structural mechanics, plant
stems can be considered as composite, hierarchically
structured and fibre-reinforced beams [1] that efficiently:
(1) support static and dynamic loads created by their
own mass and/or by wind loading, (2) store and release
elastic energy, (3) bend through large angles, and (4)
resist buckling and fracture. These mechanical
behaviours are particularly enhanced in arborescent
palms (i.e. those that resemble a tree in size, form and
structure) due to an enclosed hierarchical structure
optimally arranged in terms of form, structure and
function.
Coconut palms belong to the family of palmwood, a
family of monocotyledon plants (also referred to as
monocot plants) whereas hardwoods and softwoods are
woody plants [2]. According to botanical taxonomy, the
1
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coconut stem tissue cannot be classified as “wood”
because the tissue produced by this monocotyledon plant
differs notably from hardwoods and softwoods (e.g.
scattered vascular bundles) [2-4]. The coconut “wood”
is, therefore, referred to as cocowood throughout this
study. According to information published in [5-7],
coconut palms can be classified into three groups in
terms of palm age: (i) young or juvenile (up to 30 years
old), (ii) mature (between 30 and 60 years old), and (iii)
senile or overmature (greater than 60 years old). The
coconut palm stem is composed of two anatomical
components, the cortex and the central cylinder:
 The cortex is a fibrous tissue covering the entire outer
circumference of the stem. It is typically 1 to 1.5 cm
thick and plays a similar function to the bark in
hardwoods and softwoods [8].
 The central cylinder, shaped basically by green tissue
(cocowood), constitutes more than 96% of the coconut
palm stem. Cocowood is a complex tissue that depicts
a structure which can be described as parallel stiff
fibres embedded in foam. Its simple botanical
description is a blend of two different tissues: (1) the
fibrovascular bundles which are rounded and dense
groups of long fibres surrounding vessels elements for
sap circulation, mainly orientated in the longitudinal
axis of the stem, and (2) the ground soft-tissue made up
of foam-like polyhedral parenchyma cells. The
cocowood fibrovascular bundles and parenchymatous
ground tissue are shown in Figure 1.
Thousands of fibrovascular bundles (e.g. 20,000
approximately) are scattered within a single transverse
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section of a senile coconut stem green tissue [8, 9].
Radial density and fibrovascular bundle distribution
develop non-homogeneously throughout the palm stemtissue structure with denser tissue at the base and
periphery [10, 11]. According to Killmann and Fink
[12], the distribution of fibrovascular bundles in coconut
stems can be classified into three different zones,
depending on their location within the coconut stem: (i)
the dermal zone, close to the cortex, with a high density
distribution of about 68 fibrovascular bundles per cm2,
(ii) the sub-dermal zone with a medium density of about
42 fibrovascular bundles per cm2, and (iii) the central
zone with a low density distribution of about 18
fibrovascular bundles per cm2.

2.1 COCOWOOD DENSITY DISTRIBUTION
A total of 1,435 basic density (i.e. ratio of oven-dry
weight to green volume) measurements were recorded
from 320 cocowood discs to map the characteristic
density distribution of the entire coconut stem-tissue
structure. The density was measured following the
Australian/New Zealand Standard 1080.3 [16].
Specifically, the density was measured radially for each
cocowood disc on nominal 20mm × 20mm × 20mm
cubes, which in turn were selected by arranging them
systematically as if back in the natural state of the
coconut palm (i.e. the reconstruction method [3]). The
cubes were cut along four radial lines, positioned at 90˚
from each other, with lines A and C, and B and D,
sharing the same diameter, as shown in Figure 2. For
lines A and C, cubes were cut from the periphery up to
the core, while only one cube was cut at the periphery
for lines B and D. Cube numbering is also shown in
Figure 2, with cubes A1, B1, C1 and D1 being at the
periphery. The total number of cubes cut per disc
depended on the disc diameter and, therefore, varied
with the palm elevation.

Figure 1: Cocowood shaped by fibrovascular bundles
embedded in parenchymatous ground tissue

The non-homogeneous density distribution of
fibrovascular bundles and parenchyma within the
coconut stem-tissue structure contribute, as proved in
this study, to maximise the palm stem’s mechanical
efficiency, i.e. maximising the mechanical performance
while minimising the amount (or mass) of material used
[10, 13-15]. This paper describes the significant role that
the cocowood density distribution plays on the
remarkable palm stem’s mechanical efficiency, which is
compared herein with some advanced engineering
materials in terms of material performance indices (PI).
The cocowood´s mechanical efficiency is one of the
reasons why the palm stem withstands extreme
conditions such as hurricanes, tornadoes and tsunamis,
without significant failure. The form-structure-function
relationship of senile coconut palm stems and its
influence on the biomaterial properties and mechanical
performance are, therefore, scientifically worth
investigating and mimicking in biomimetic applications
and future improvement of current engineered wood
products (EWPs).

2 MATERIAL AND METHODS
Quantitative and experimental analyses of 54 coconut
stem green tissues, sourced from the Pacific islands of
Fiji and Samoa, and estimated to be greater than 70 years
old, were carried out to determine the characteristic
cocowood properties. Specific equations, valid for the
studied palm species, are proposed hereunder to describe
the characteristic density distribution patterns of the
biomaterial.

Figure 2: Cocowood disc preparation for basic density
measurement

Per cocowood disc, the average density of the four
peripheral cubes (A1, B1, C1 and D1 in Figure 2) was
calculated to obtain the basic density value at 10 mm
from the disc periphery. For all the other radial density
positions (e.g. 33 mm, 56 mm, 79 mm, 102 mm, 125
mm, 148 mm, 171 mm), the average value between the
two diagonally opposite cubes in lines A and C was
calculated. Quantitative analysis of the processed data
allowed determining the characteristic cocowood basic
density distribution. Figure 3 through Figure 5 plot the
average basic density values against the relative radial
position at three investigated stem heights, bottom (0.2
m), middle (12.4 m) and top (25 m). The other
investigated stem heights (i.e. 3.2 m, 6.2 m, 9.4 m, 15.8
m, 18.8 m and 22.0 m) showed similar trends.
The sigmoid function [17] (i.e. a “S” shaped function
with asymptotic ends) usually best fit the variation in
density from the core to the periphery of hardwoods and
softwoods due to the transition from juvenile to mature
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wood [18]. Yet, as cocowood belongs to the
monocotyledon group of plants, it does not display a
clear asymptote towards the periphery of the stem, as the
dicotyledon group does. Therefore, the sigmoid function,
although providing reasonable results (as shown in
Figure 3 trough Figure 5), is not adopted in this study.

2



R
  dc( h )
d R , h   dp( h )  dc( h ) 
 Rmax( h ) 



(1)

where dc and dp are the basic density at the centre and
periphery of the palm stem, respectively, and are
function of the stem height h. The basic densities dc and
dp were calculated from the best fitted parabolic equation
at each investigated stem height h, as shown in Figure 3
through Figure 5. The calculated values of dc and dp are
plotted in Figure 6 against the palm stem height.

Figure 3: Processed basic density at 0.2 m of stem height

Figure 6: Calculated basic density at the centre and periphery
of the cocowood stem versus palm height

As shown in Figure 6, the basic density dc at the centre
of the cocowood decreases linearly with the palm height
h and is given (in kg/m3) as,

dch  223  4.4  h
Figure 4: Processed basic density at 12.4 m of stem height

where 223 kg/m3 represents the basic density at the
centre and bottom of the coconut stem, and h is
expressed in meters. As no clear correlation can be found
between the measurement at the top of the stem and all
other measurements, the basic density dp at the periphery
of the palm stem is chosen to be represented by two
linear approximations for modelling purposes, as shown
in Figure 6, and is given (in kg/m3) as,

d p1 h  901  4.4  h for h  22 m
d p( h )  
d p 2 h  2448  74.1  h for h  22 m

Figure 5: Processed basic density at 25 m of stem height

Due to its simplicity, a parabolic function is preferred
herein. Thus, the following equation, in terms of the
radial position R (in mm), the maximum radial position
Rmax (in mm) and the palm stem height h (in m), is
proposed to characterise the distribution of cocowood
basic density d (in kg/m3),

(2)

(3)

where 901 kg/m3 represents the basic density at the
bottom-periphery of the coconut stem tissue, and h is
expressed in meters. The proposed Equations (1) to (3),
valid for the studied palm species, are used to model the
characteristic cocowood density distribution.
2.2 COCOWOOD MECHANICAL EFFICIENCY
The prominent orthotropic behaviour of the biomaterial
and the strong linear dependence of the cocowood
mechanical properties on density found in [7, 19] are
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partially explained by the honeycomb-like model [20]
shaped by the fibrovascular bundles and parenchyma
within the cocowood structure. Particularly, the linear
dependence on density of the cocowood modulus of
elasticity [i.e. (MOE) a measure of the elastic stiffness of
the material] and modulus of rupture [i.e. (MOR) a
standard of strength that reflects the maximum load
carrying capacity of a member], for loading along the
fibres [i.e. in the longitudinal (L) direction], give rise to
the remarkable cocowood mechanical efficiency as
demonstrated throughout this research. Figure 7 and
Figure 8 show the linear relationships between MOEL –
basic density and compressive MORL – basic density,
respectively, for samples tested from the coconut stem
heights of 0.2 m, 3.2 m and 9.4 m.

2.2.1 Mechanical efficiency from the material
density-stiffness relationship
The composition and cellular structure of arborescent
palm stems give rise to a significant mechanical
efficiency. This relationship is usually expressed as a
performance index of the material that depends on the
mode of loading, e.g. columns carry compressive axial
loads, shafts carry torques, and beams carry
predominantly bending moments. Thus, palm stems can
be considered, from the point of view of structural
mechanics, as beams that are subjected primarily to
bending moments due to the action of wind and selfweight [1]. For a beam of a given cross-sectional area,
length and stiffness, the material that minimises the
weight of the beam is that which has the greatest
performance index (PI), given in (GPa½ m3 Mg-1) as
[21],

PI1 

Figure 7: Green MOE - basic density relationship for loading
along the cocowood fibrovascular bundles, from [7]

MOE 1 / 2
d

(6)

where the modulus of elasticity is given in GPa and the
basic density in Mg/m3. The performance index PI1 from
Equation (6) denotes the material’s performance for
resisting bending deflections. Additionally, the MOE is
considered herein for the dominant loading condition
(i.e. in the L direction) as this mechanical mode was
found in [7] to be up to 24 times greater than those in the
transverse directions, i.e. radial (R) and tangential (T)
directions.
2.2.2 Mechanical efficiency from the material
density-strength relationship
The cocowood mechanical efficiency can also be
determined from the typical relationship of basic
density-compressive strength. Thus, a similar argument
can be made for the strength of a coconut stem in
bending when loaded along the fibrovascular bundles. In
this case, the performance index to be maximised is
given in (MPa2/3 m3 Mg-1) as [21],

PI 2 
Figure 8: Green compressive MOR - basic density relationship
for loading along the cocowood fibrovascular bundles, from[7]

Based on the linear regressions presented in Figure 7 and
Figure 8, the following equations were proposed to
characterise the green MOEL (in MPa) and the green
compressive MORL (in MPa), both as function of the
cocowood basic density d (in kg/m3),
MOE L  10.76d  1086.8

(4)

MOR L  0.1d  5.20

(5)

MOR 2 / 3
d

(7)

where the modulus of rupture is given in MPa and the
basic density in Mg/m3. The performance index PI2 from
Equation (7) indicates the material’s performance for
resisting bending stresses. Similarly, the MOR is
considered herein for the dominant loading condition in
the L direction as this mechanical mode was found in [7]
to be up to 7 times greater than those in the R and T
directions.

3 RESULTS
Using Equations (1) to (3), Figure 9 maps the proposed
basic density distribution in a characteristic senile
coconut palm up to a stem height of 25 m. Figure 9
shows that, in the “low” basic density region (less than
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400 kg/m3) at the centre of the coconut stem (core
region), the basic density decreases from 223 kg/m3 at
the bottom to 112 kg/m3 at the top. Similarly, the Figure
shows that in the “high” basic density region (greater
than 600 kg/m3) at the periphery of the coconut stem
(dermal region), the basic density decreases from 901
kg/m3 at the bottom to 804 kg/m3 at 22 m high. It further
rapidly decreases linearly to 595 kg/m3 at 25 m (top)
reaching the “medium” density region (between 400 to
600 kg/m3). Thus, the cocowood basic density
distribution was found to vary longitudinally and radially
from a minimum of 112 kg/m3 to a maximum of 901
kg/m3. The large variation of cocowood density was,
therefore, found to nearly span the entire range of woody
plants’ densities (i.e. hardwoods and softwoods), from
balsa (Ochroma pyramidale, from about 100 kg/m3) to
Black Ironwoodm (Krugiodendron ferreum, up to 1300
kg/m3) [22].

indices in terms of basic density-stiffness and basic
density-strength relationships, respectively.
Table 1: Distribution of PI1 within the cocowood structure

Stem's
height
(m)
0.0

2.5

5.0

3

Basic density (kg/m )
25

Stem height (m)

20

900

SUB-DERMAL
REGION
Medium
density
400 to 600
3
kg/m

DERMAL REGION
High density
3
> 600 kg/m

800

7.5

700
CORE
REGION
Low density
3
< 400 kg/m

15

600

10.0

500
10

400
300

5

200
0

12.5

-150

-100

-50

0

50

100

15.0

150

Radial position (mm)

Figure 9: Characteristic distribution of basic density shown on
the plane of symmetry of a senile 25 m high coconut stem tissue

Table 1 gives the results of the calculated mechanical
efficiencies from the cocowood density-stiffness
relationship in terms of performance indices (PI1)
calculated from Equation (6) as function of MOEL and
basic density d. The results in the Table are given for
three key radial positions (i.e. periphery, medium and
core) and eleven key elevations along the coconut stemtissue structure. Similarly, Table 2 gives the results of
the calculated mechanical efficiencies from the
cocowood density-strength relationship in terms of
performance indices (PI2) calculated from Equation (7)
as function of the compressive MORL and basic density
d.
The lightweight tubular-like model shaped by the
dissimilar density distribution of fibrovascular bundles
and parenchyma within coconut stem tissues was
modelled for the whole structure and presented in the
form of the studied mechanical efficiencies. Figure 10
and Figure 11 show the distribution of performance

17.5

20.0

22.5

25.0

Radial
position
Periphery

Basic
density
(kg/m3)
901.0

8608.0

PI1
(GPa½ m3
Mg-1)
3.26

Medium

392.5

3136.5

4.51

Core

223.0

1312.7

5.14

Periphery

890.0

8489.3

3.27

Medium

381.5

3018.3

4.55

Core

212.0

1194.3

5.15

Periphery

879.1

8371.8

3.29

Medium

370.5

2900.2

4.60

Core

201.0

1076.0

5.16

Periphery

868.0

8252.7

3.31

Medium

359.5

2781.4

4.64

Core

190.0

957.6

5.15

Periphery

857.0

8135.0

3.33

Medium

348.5

2663.2

4.68

Core

179.0

839.2

5.12

Periphery

846.0

8016.1

3.35

Medium

337.5

2544.7

4.73

Core

168.0

720.9

5.05

Periphery

835.1

7898.4

3.37

Medium

326.5

2426.5

4.77

Core

157.0

602.5

4.94

Periphery

824.0

7779.2

3.38

Medium

315.5

2307.9

4.82

Core

146.0

484.2

4.77

Periphery

813.0

7660.6

3.40

Medium

304.5

2189.5

4.86

Core

135.0

365.8

4.48

Periphery

780.8

7314.1

3.46

Medium

288.2

2014.5

4.92

Core

124.0

247.4

4.01

Periphery

595.5

5320.3

3.87

Medium

233.6

1427.2

5.11

Core

112.0

118.3

3.07

MOEL
(MPa)

As given in Table 1, the characteristic cocowood
mechanical performance, in terms of stiffness at a
minimum mass, varies from a minimum value of 3.07
GPa½ m3 Mg-1 at 25 m of stem height (i.e. top and core
region) to a maximum one of 5.16 GPa½ m3 Mg-1 at 5 m
high and core region. It can also be inferred from Table 1
and Figure 10 that, up to a stem height of 12.5 m and
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towards the centre of the stem tissue, the cocowood
structure denotes higher performances for resisting
bending deflections (i.e. the material is lighter for the
same stiffness).
Table 2: Distribution of PI2 within the cocowood structure

Stem's
height
(m)
0.0

2.5

5.0

7.5

10.0

12.5

15.0

17.5

20.0

22.5

25.0

Radial
position
Periphery

Basic
density
(kg/m3)
901.0

Medium

core region. The characteristic cocowood mechanical
performances PI1 and PI2 are, therefore, up to 1.58 and
1.40 times, respectively, greater towards the stem’s core
where the low concentration of the material mass occurs.
The results from Table 2 and Figure 11 show that the
whole coconut stem-tissue structure is highly efficient
for resisting bending stresses due to the action of wind
and self-weight.
The radial and longitudinal variation of the basic density,
MOEL and MORL in the characteristic cocowood
structure gave rise to high performance indices in
comparison to those reported in [10, 13, 14, 20, 21] for
hardwoods, softwoods and some engineering materials
(refer to the Discussion section).

84.9

PI2
(MPa2/3
m3 Mg-1)
21.44

392.5

34.1

26.76

Core

223.0

17.1

29.76

Periphery

890.0

83.8

21.52

Medium

381.5

33.0

26.94

Core

212.0

16.0

29.95

Periphery

879.1

82.7

21.59

Medium

370.5

31.9

27.12

Core

201.0

14.9

30.13

Periphery

868.0

81.6

21.67

Medium

359.5

30.7

27.30

Core

190.0

13.8

30.28

Periphery

857.0

80.5

21.75

Medium

348.5

29.7

27.49

Core

179.0

12.7

30.41

Periphery

846.0

79.4

21.84

Medium

337.5

28.5

27.68

Core

168.0

11.6

30.50

Periphery

835.1

78.3

21.92

Medium

326.5

27.5

27.87

Core

157.0

10.5

30.54

Periphery

824.0

77.2

22.00

Medium

315.5

26.3

28.07

Core

146.0

9.4

30.51

Periphery

813.0

76.1

22.09

4 DISCUSSION

Medium

304.5

25.2

28.27

Core

135.0

8.3

30.37

Periphery

780.8

72.9

22.35

Medium

288.2

23.6

28.56

Core

124.0

7.2

30.07

Periphery

595.5

54.3

24.09

Medium

233.6

18.2

29.58

Core

112.0

6.0

29.48

The basic density distribution in Figure 9 has a similar
pattern to the data published by Killmann [23].
Specifically, the density (i) decreases with increasing
palm height and (ii) increases from the core to the
periphery of the stem. Nevertheless, while Richolson and
Swarup [24] and Killmann [23] found that the density
increases logarithmically from the centre to the
periphery of the stem, a parabolic function was found in
this study to better predict this relationship. Additionally,
the basic density is mapped in this study for a typical
coconut palm stem of 25 m high whereas Killmann [23]
characterised the dry density for a typical senile coconut
palm of a mean height of 20.5 m, based on observations
of only five coconut palms.
The study conducted by Meylan [5] shows similar
distribution pattern of basic density to the one proposed
in this research. For the senile coconut palm

MORL
(MPa)

As shown in Table 2, the characteristic cocowood
mechanical performance, in terms of strength at a
minimum mass, varies from a minimum value of 21.44
MPa2/3 m3 Mg-1 at the stem’s bottom-periphery to a
maximum one of 30.54 MPa2/3 m3 Mg-1 at 15 m high and

Figure 10: Distribution of PI1 within the cocowood structure

Figure 11: Distribution of PI2 within the cocowood structure
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investigated, Meylan reported a basic density at the
bottom of the stem (0.91 m high) of 185 kg/m 3 for the
core and 647 kg/m3 for the periphery. Characteristic
values of 137 kg/m3 at the core and 897 kg/m3 at the
periphery were calculated from the corresponding
equations proposed in this study at the same elevation.
The distribution of basic density within senile coconut
palm stem tissues presented herein, follows a similar
pattern of dry density for the palm species reported by
Rich [25]. The following equation proposed by Gibson
[10] for the radial dry density ddry distribution in palm
species,

 R 

d dry  d max 

 Rmax 

n

(8)

is similar in nature to Equation (1). In Equation (8), dmax
is the maximum dry density in the studied cross section,
Rmax is the maximum radius of the studied cross section
and n is a constant (equals to 2 for Welfia georgii and
Iriartea gigantea palm species) that marginally varies
for different palm species. Yet, Equation (8) implies that
the density is null at the core of the stem, whereas in
Equation (1) the density is bound to the actual densities
calculated at the core and periphery of the stem.
The maximum performance index (PI1 = 5.16 GPa½ m3
Mg-1) given in Table 1 for the characteristic cocowood
structure, was found higher than the corresponding
indices reported by Wegst [13] for steels (PI = 1.8 GPa½
m3 Mg-1), aluminium alloys (PI = 3.0 GPa½ m3 Mg-1) and
composite wood cell walls (PI = 3.94 GPa½ m3 Mg-1).
This superior mechanical performance might seem
irrelevant but in nature this advantage would likely result
in the plant’s survival or succumb. Moreover, the
calculated performance indices for a characteristic
cocowood structure were in the same order of magnitude
of those reported in [13] for carbon-fibre-reinforced
polymer (CFRP) laminates (PI = 4.5 GPa½ m3 Mg-1) and
bamboo (PI = 6.4 GPa½ m3 Mg-1). However, it was still
lower than the performance index for uniaxially aligned
CFRP composites (i.e. one of the best engineering
materials) with an average PI of about 8.5 GPa½ m3 Mg-1
[10, 13]. The characteristic cocowood mechanical
efficiency in terms of stiffness at minimum mass was,
therefore, comparable to those of engineering CFRP
laminates and bamboo. Yet, its performance index was
not as high as for the best engineering materials.
The research outcomes also show that the variation of
density distribution per material compressive strength
gives rise to a high mechanical efficiency which was
comparable to those reported by Wegst and Ashby [14]
for some natural polymers like cartilage and keratin.
The fact that both performance indices (i.e. PI1 and PI2)
are greater towards the core of the palm stem implies
that the parenchymatous lightweight-soft tissue, in spite
of its low mechanical properties, significantly
contributes to the mechanical efficiency of the whole
structure. Thus, the high density of the fibrovascular
bundles at the periphery of the palm stem plus the low
density at the centre shaped by the parenchyma tissue,

enabled coconut palm stems to behave like an
engineering tubular-like beam or column that increases
the moment of inertia of the element with little increase
in weight. It makes the characteristic coconut palm stem
highly efficient in resisting both bending deflections and
bending stresses with a consequent resistance to flexural
failure. The finding logically explains the reason why
coconut palms are usually the only structure left standing
after extreme wind conditions, while man-made
structures and even some hardwoods and softwoods,
result totally destroyed or partially damaged.

5 CONCLUSION
Significant findings were achieved from the present
study that highlighted the cocowood’s structure potential
to be considered as a local design optimum that
efficiently performs its mechanical functions. For the
first time, it appears that, in the current study, the effects
of density distribution on the mechanical efficiency of
senile coconut stem green tissues, have been determined
in terms of the material stiffness and compressive
strength per unit mass.
The linear dependence of MOE and MOR, for loading
along the fibrovascular bundles, on the radial and
longitudinal variations of the basic density, gave rise to
high performance indices that, as mentioned before,
reflected the superior performance of the characteristic
cocowood structure for resisting bending deflections and
bending stresses.
The cocowood complex cellular structure shaped
basically by the fibrovascular bundles, with higher
concentrations towards the palm stem periphery,
together with the lightweight-soft parenchyma tissue,
located basically towards the palm stem’s core, enabled
the coconut palm stem to behave as an engineered
lightweight tubular-like structure that is not excessively
overbuilt.
The fundamental understanding advanced from this
study has far-reaching implications for enhancing wood
materials from a biomimetic perspective. Further, the
study provides concept generators to improve current
fibre-reinforced composites and engineered EWPs.
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DETERMINATION OF THE ELASTIC CONSTANTS IN EUCALYPTUS
GLOBULUS BY ULTRASOUND AND MECHANICAL TESTS
Jorge Crespo1, José Ramón Aira2, Carlos Vázquez1, Almudena Majano-Majano3
Manuel Guaita1
ABSTRACT: The aim of this study is to obtain the elastic constants of Eucalyptus globulus Labill required for any
numerical model. Two methods were used for this: the propagation of ultrasound waves and mechanical compression
tests. The same test specimens were used in both procedures and no significant differences were found. The elastic
parameters obtained in the research reveal the high properties of this specie in comparison to other hardwoods.
KEYWORDS: elastic properties, wood, ultrasound, mechanical tests, small clear specimens, eucalyptus globulus.

1 INTRODUCTION 123
Plantations of white eucalyptus (Eucalyptus globulus
Labill.) cover a large area within the southern European
country of Atlantic climate. In Galicia region (Spain)
and Portugal they form a coastal strip containing the
most productive forests in Europe. The total area
covered by eucalyptus is gradually increasing, and now
amounts to 383,000 hectares in Galicia according to data
from the Third National Forestry Inventory (IFN-III).
Eucalyptus wood is mainly used for power generation
and as a source of fibre for the cellulose industry.
Nevertheless, several studies in recent years have shown
its great potential for the development of high addedvalue processed products.
The high mechanical strength and structural stiffness of
eucalyptus wood besides the fast growth compared to
most hardwoods make it a very competitive structural
material and has recently undergone of development. For
example, the FAIR CT 98-9579 [1] project studied some
properties of eucalyptus wood from Galician trees aged
from 23 to 35 years old. The values corresponding to
several physical-mechanical properties were obtained
such as density (760 kg/m3), longitudinal elasticity
modulus (20580 N/mm2), bending strength (130 N/mm2)
and compression strength parallel to the grain (71
N/mm2) bearing out the upper structural possibilities of
this species. The structural classification of spanish
1
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Eucalyptus globulus Labill was performed by CIFORINIA laboratory [2] according to the guidelines of the
UNE-EN 384:2010 [3]. The standard UNE 56546:2013
[4] sets a MEF visual quality which corresponds to D40
strength class according to UNE-EN1912:2012 [5].
When considering engineering applications, macroscopic
material models are essential for numerical structural
analyses by means of the finite element (FE) method [6].
The engineering parameters defining these models are
the elastic constants witch must faithfully reflect the
wood behaviour described as linear-elastic in the small
strain regime [7]. Although wood is an anisotropic
material, in mechanical analysis is usually simplified as
orthotropic with three planes of symmetry defined by
three main directions: longitudinal (L), radial (R) and
tangential (T). These material assumptions are
consistently proved by many researches (e.g. [8,9]). The
characterisation of the linear elastic orthotropic
behaviour of clear wood requires the determination of 12
elastic constants that form the stiffness matrix: 3
longitudinal elasticity moduli (EL, ER, ET), 3 shear
elasticity moduli (GLR, GLT, GRT) and 6 Poisson
coefficients (υLR, υRL, υLT, υTL, υRT, υTR). These parameters
can be reduced to 9 independent values when symmetry
conditions in the stiffness matrix are applied, and its
determination becomes therefore a fundamental work.
Conventionally, this set of material parameters are
experimentally determined by performing mechanical
tests in which both loading and specimen geometry are
usually oriented along the material directions [10,11],
but currently it is increasingly the use of non-destructive
techniques to this end such as ultrasound [12-15]
The present study focuses on determining the elastic
constants of Eucalyptus globulus Labill, which define its
behaviour to allow its implementation in any numerical

WCTE 2016 e-book | 1410

model since these data have not been reported so far.
Two different methodologies were used for this purpose
in order to compare the results: ultrasound wave
propagation and mechanical compression tests.

2 MATERIAL AND METHODS
2.1 MATERIALS
The raw material consisted of 20 high visual quality
boards made of white eucalyptus (Eucalyptus globulus
Labill.) from the region of Galicia (Spain) with nominal
dimensions of 20x80x3000 mm. The boards did not
present major defects like knots or significant twist or
bow deformations.
Prior to the specimen’s preparation, these boards were
conditioned in a conditioning chamber at a temperature
of 20±2ºC and 65±3% relative humidity according to the
ISO 3129:2012 [16]. The moisture content of the wood
resulted in approximately 12%.
6 small prismatic specimens were cut from each board
following the orientations represented in fig. 1 resulting
in a total of 120 specimens. Three of these specimens
were oriented following the main orthotropic directions:
longitudinal (L), radial (R) and tangential (T) (specimens
1, 2 and 3). The other three specimens were oriented 45º
to LR, LT and RT planes (specimens 4, 5 and 6
respectively). The same specimens were first tested by
ultrasound and afterwards by mechanical compression
measuring the strains by gauges in order to get a direct
comparison of the results.

Table 1: Specimen dimensions and elastic coefficients obtained
n

Width
(mm)

Height
(mm)

Length
(mm)

Elast. coef.
ultrasound

Elast. coef.
mechanical

20

20

20

60

C11, C55, C66

EL, υLR, υLT

20

20

20

60

C22, C44, C66

ER, υRL, υRT

20

20

20

20

C33, C44, C55

ET

20

20

20

60

C12

GLR

20

30

17

40

C13

---

20

30

17

40

C23

---

One of the reasons for choosing small clear specimens is
that the effective surface occupied by each strain gauge
must be sufficiently representative of the surface of the
specimen as a whole in order to get a Sgauge / Sspecimen ratio
as high as possible [11]. Moreover, as the material is
considered to be theoretically perfect orthotropic, the
specimens have to be small enough to avoid excessive
curvature of the growth rings.
2.2 ULTRASOUND TESTS
To perform the ultrasound tests an Olympus Epoch 600
portable device is used (fig. 2). This is equipped with
longitudinal and transversal Panametrics-NDT Olympus
plane transducers with 15 mm of external diameter and a
nominal frequency of 1.0 MHz. The longitudinal
transducers emit a single longitudinal wave which
propagates and polarises in the direction of emission
(between the two transducers). The transversal ones
release a longitudinal wave that propagates and polarises
in the direction of emission, together with another
transversal wave that propagates in the direction of
emission and polarises in the perpendicular direction.
To reduce signal attenuation as much as possible, pure
starch glucose is used as coupling gel between the
transducers and the specimens [13]

Figure 1: Escheme of the specimen orientations

Table 1 compiles the dimensions and elastic constants
evaluated from each of the six specimen types following
ultrasound and mechanical procedures.
Figure 2: Ultrasound test device
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Although signal attenuation is reduced inside the wood
in small specimens, previous researches point out that to
approach the hypothesis of wave propagation in an
infinite medium, the distance between the transducers
must be greater than the wavelength (λ), so specimens
longer than 3λ - 5λ are suitable [17,18]. In the present
study the distance between transducers was chosen
greater than 7λ for all the specimens and measurement
directions (Table 1).
The elastic constants were obtained following the
procedure described by Gonçalves [14] and applied also
by Vázquez [19]. When waves propagate within a three
dimensional body it is necessary to calculate all the
elements of the stiffness matrix [C] (eq. 1). The reason is
that wave propagation along one direction is affected by
the elastic properties of the body in the rest of
dimensions. Ozyhar [20] concluded that getting the
stiffness matrix taking into account just the terms along
the main diagonal of the matrix led to over-estimation of
the longitudinal and transversal elastic moduli.
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⎢ 0
⎢ 0
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0
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0
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0
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.
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C66 = ρ.[(VLR+ VRL)/2]2

In the mentioned equations ρ denotes the material
density and V the wave velocity which derives from the
duration of the wave propagation and the length of the
specimen in every test. The first subscript of the latter
corresponds to the direction of propagation and the
second with the direction of polarisation. VLL, VRR and
VTT are therefore the velocities of the longitudinal waves
measured in the three axial directions; and VRT, VTR, VLT,
VTL, VLR and VRL the velocities of the transversal waves

2
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1

2
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2
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1

2
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Where n2 = cos 45, n3 = sin 45, n1 = 0 taking α in
relation to axis 2 (plane 23 = RT).
In the above equations (2), (3), (4), Vα corresponds to the
wave velocity propagating in α direction. Thereby, VQLR,
VQLT and VQRT denote the velocity of a quasi-transversal
wave propagating in a direction 45º to the orthotropic
axes of the corresponding plane (LR, LT or RT). Once all
of the stiffness matrix terms are obtained, the
compliance matrix [S] is determined by directly
calculating its inverse, [C]-1 = [S] (eq. 5).

2

C11

1

Where n1 = cos 45, n3 = sin 45, n2 = 0 taking α in
relation to axis 1 (plane 13 = LT).

Equations
(N/mm2)
.

)]

Where n1 = cos 45, n2 = sin 45, n3 = 0 taking α in
relation to axis 1 (plane 12 = LR).

[(

Table 2: Determination of the diagonal terms of the stiffness
matrix [C]
Wave
type

The off-diagonal terms of the matrix [C] were
determined from the expressions below, which are also
derived from Christoffel’s tensor. Transversal
transducers were used in these cases, emitting quasitransverse waves measured with 45º angular
displacement within the corresponding orthotropic plane
(LR, LT or RT) and polarising in such plane. According
to [21], angles of 45º lead to the smallest relative error.

n3 = C 22 ⋅ n + C 44 ⋅ n − ρ ⋅ Vα2 ⋅ C 44 ⋅ n22 + C33 ⋅ n32 − ρ ⋅ Vα2

The terms of the main diagonal of [C] are determined by
using both longitudinal and transversal waves, placing
the transducers at different positions respecting the axes
of the material and applying Christoffel’s tensor
equations, which relate elasticity theory and wave
propagation theory [17]. These test configurations as
well as the corresponding mathematical expressions are
summarized in Table 2 [15].

Term

measured in the axial directions with polarisation along
the perpendicular axes.
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(5)
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From the compliance matrix [S] terms, the 12 elastic
constants can be worked out. EL , ER and ET are the
Young’s modulus in the longitudinal, radial and
tangential directions respectively; GRT , GLT , GLR are the
shear modulus in the radial-tangential, longitudinaltangential
and the longitudinal-radial planes
respectively; and υLR , υLT , υRT , υRL , υTL and υTR the
Poisson’s ratio for each of the planes.

Compression perpendicular to the grain, with the load in
the radial and tangential directions direction according to
fig. 4.

This research was carried out at the Laboratory of
Engineering Timber Structures (PEMADE) in the
University of Santiago de Compostela.
2.3 MECHANICAL TESTS
The small clear specimens used in the ultrasound study
were subjected also to mechanical compression testing.
The upper plate of the testing equipment is coupled to a
loading cell of 50 kN, while the lower plate is fixed to a
stationary metal frame, so that both plates remain
horizontal and parallel during the whole test.
The strains were measured by placing strain gauges
directly onto the same specimens used previously for
ultrasound testing (fig. 2). The gauges responded to
simple C2A-13-125LW-350 type with an effective
length of 3.18 mm and an effective width of 1.78 mm;
and double rosettes C2A-13-125LT-350 type, each with
an effective length of 3.18 mm, and an effective width of
3.81 mm, and sufficient sensitivity to measure
deformation greater than 1·10-6 m/m. Cyanoacrylate
adhesive with less longitudinal stiffness than the wood
material was used to prevent restrictions on the specimen
deformation by receiving the external load. This
adhesive also shows high transversal stiffness so that
deformation of the strain gauge is not dampened by the
thickness of the adhesive [11].

Figure 4: Example of compression perpendicular to the grain

Oblique compression, applying the load at an angle of
45º to the three grain directions respectively for each
direction according to fig. 5.

Six different mechanical tests were performed:
compression parallel to the grain, applying the load
along the longitudinal direction according to fig. 3.

Figure 5: Example of oblique compression to the grain

In each of these tests, the gauges were placed onto the
specimen according to different arrangements in or out
of the axes depending on the elastic constant to be
determined according to fig. 6.

Figure 3: Example of compression parallel to the grain
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G LR =

σV
τ LR
=
γ LR 2 ⋅ (ε H − ε V )

(9)

3 RESULTS

(6)

The tests in compression perpendicular to the grain
loading along the radial axis were carried out following
also the ISO 13061:2014 (Part 5) [23]. The load was
applied by means of a constant velocity control of 0.3
mm/min. Again three strain gauges were placed on each
of these test specimens, with a double rosette (vertical in
direction R and horizontal in direction L) on the front
face, and a single gauge (horizontal in direction T) on
one of its lateral faces. The elastic constants ER, υRL and
υRT were obtained using the following expressions
(eq. 7):

ER =

σR
;
εR

υ RL =

εL
;
εR

υ RT =

εT
εR

(7)

Regarding the tests in compression perpendicular to the
grain loading in tangential direction, specimen it was
only possible to attach one vertical strain gauge in the
tangential direction because of the specimen dimensions,
obtaining the longitudinal modulus of elasticity ET
(eq. 8):

ET =

σT
εT

(8)

Oblique compression tests were performed using
specimens with an inclination of the grain of 45º to the
load direction. A double rosette was placed to the front
face of each specimen (horizontal and vertical). Due to
the small dimensions of the specimens, it was just
possible to test along the shear plane LR, obtaining the
elastic constant GLR (eq. 9):

Table 3: Average wave velocity in m/s
Longitudinal wave
velocity along the
axes

Avg
CoV
(%)

5350 1992
7.8

4.8

Transversal
wave velocity
along the axes

Transversal wave
velocity along
directions at 45º
V23 (VQTR)

εT
εL

V13 (VQLT)

υ LT =

V12 (VQLR)

;

V66 (VLR=VRL)

εR
εL

V55 (VLT=VTL)

υ LR =

V44 (VRT=VTR)

σL
;
εL

1341

786 1082 1432 1589

1142

790

12.1

7.7

10.0

8.2

V33 (VTT)

EL =

V22 (VRR)

In particular, compression parallel to the grain was
carried out according to the ISO 13061:2014 (Part 17)
[22] under a load velocity control of 170 N/s. On each
test specimen, a double rosette (vertical according to
direction L and horizontal according to direction R) was
placed on the front face, and a single gauge (horizontal
according to direction T) on one of its lateral faces. For
this arrangement, the elastic constants EL, υLR and υLT
were obtained from the elastic range using the following
relations (eq. 6):

V11 (VLL)

Figure 6: Schemes of strain gauges arrangement in each type
of mechanical test

From the ultrasound tests in hardwoods, an ultrasound
wave propagating longitudinally follows the direction of
the vessels (functioning as conductors) and the fibres
(functioning as supports). The length-diameter ratio in
these structures is high, and they function as pipes
adding continuity to the material, which favour an
increase of the wave propagation velocity in this
direction. Radially, the wave meets the wood rays
favouring material continuity in this direction. On the
contrary, there are no anatomical structures in tangential
direction that favour the wave propagation leading to
lower velocities than in radial and longitudinal
directions. Table 3 shows the wave propagation
velocities for the different directions which, as they
depend on the anatomy of the wood itself, must fulfill
the following ratios: V11 > V22 > V33 (5350 > 1992 >
1341) and V66 > V55 > V44 (1432 > 1082 > 786).

4.3

5.1

3.3

Table 4 shows the stiffness matrix coefficients [C]
obtained. Its validation is undertaken by considering the
theoretical bases of the acoustic behaviour and the
mechanical properties of the wood. In this way, the
resulting values must fulfill the next relations: C11 > C22
> C33 (23832 > 3375 > 1622), C66 > C55 > C44 (1756 >
969 > 533), and C12 > C13 > C23 (2221 > 1468 > 1190).
Table 4: Stiffness matrix coefficients obtained by ultrasound
tests
C11
Avg

23832

CoV
(%)

25.4

C22

C33

C44

C55

C66

C12

C13

C23

3375 1622

533

969

1756

2221

1468

1190

19.9

28.6 21.3

15.1

28.3

33.3

35.4

34.8

Table 5 summarized the mean values and variation
coefficients for the elastic constants obtained by
ultrasound and mechanical tests. These values are also
compared to those reported by Guitard [24] for
hardwoods with a medium density of 650 kg/m3. In the
present study, the average density of the Eucalyptus
globulus specimens was 854 kg/m3 with a variation
coefficient of 14.90%. This value is similar to that stated
at UNE 56546:2013 [4] for this specie (797 kg/m3). It
must be noted that elastic constants for hardwoods with
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similar density have been not found by the authors in
scientific literature.
Table 5: Elastic constants obtained by ultrasound and
mechanical tests (Elasticity moduli in N/mm2 and Variation
coefficients in brackets)
Guitard (1987)

Ultrasound

Mechanical

EL

14400

21939 (26.30)

18055 (28.55)

ER

1810

2420 (16.20)

1775 (33.49)

ET

1030

1165 (33.08)

686 (31.71)

GLR

1260

1756 (15.11)

1690 (43.27)

GLT

971

969 (21.32)

---

GRT

366

533 (28.61)

---

υRT

0.670

0.696 (16.04)

0.688 (29.24)

υLT

0.460

0.588 (17.60)

0.599 (36.04)

υLR

0.390

0.452 (16.13)

0.424 (37.64)

υTR

0.380

0.325 (20.11)

---

υRL

0.048

0.052 (27.42)

0.036 (30.13)

υTL

0.033

0.032 (31.60)

---

As can be seen, elastic moduli of Eucalyptus globulus
are of a similar order or slightly higher than the reference
ones [24] due to the higher density and therefore greater
stiffness. On the other hand, Poisson’s coefficients are
close to the reference values. The results are overall
consistent and present the usual variation coefficients in
wood.
Comparing the values obtained from ultrasound and
mechanical tests using strain gauges, it can be noted that
longitudinal elasticity moduli determined by the first one
are slightly higher than those resulting from the
mechanical procedure. The greatest differences are
found in the radial direction, and most especially in the
tangential direction with lower values from the
mechanical test using gauges. This may be due to the
influence of the curvature of the growth rings, making
the wood behave less like a theoretical orthotropic
material. This may affect the mechanical test
measurements [14]. Moreover, it can be observed that ET
obtained by ultrasound is similar to the reference value,
indicating that the measurement from the mechanical
testing was influenced by the excessive closeness of the
strain gauges to the compression plates, as the specimen
dimensions were very small for this type of test.
In spite of the fact that ultrasound and mechanical
methods are valid means of obtaining the material
stiffness matrix, authors such as Preziosa [25], Bucur
[17], and Gonçalvez [12,14,15] state that they expect the
values resulting from ultrasound tests to be slightly
higher. This is because static tests follow an isothermic
process in which the energy within the material does not
vary, while dynamic tests follow an adiabatic process in
which the energy within the material increases. To
analyse whether there is tendency indicating that values

obtained using ultrasound are regularly and
proportionally higher than those obtained using
mechanical tests using strain gauges, table 6 shows the
average ratio between both values for each specimen.
Table 6: Relation between the longitudinal elasticity moduli
obtained by ultrasound and mechanical test using strain
gauges
EL (ULT) / EL (MEC)

ER (ULT) / ER (MEC)

ET (ULT) / ET (MEC)

Avg (%)

24.89

50.11

74.64

CoV (%)

20.15

33.01

25.51

A proportional relation can be seen between the
elasticity moduli obtained using both methodologies.
The values obtained using ultrasound are therefore
approximately 25% higher in the longitudinal direction,
50% higher radially and 75% higher tangentially than
those obtained using mechanical tests. The numerical
difference variation coefficients fall within the usual
values for wood.
The Poisson coefficients obtained from every
methodology are very similar to each other without
much significant statistically difference. Measurements
of υRL using mechanical tests were less precise than
ultrasound as correspond to very low strain values.
Table 7 shows the usual relations between elasticity
moduli given by Guitard [24], together with the
experimental values obtained from the present research.
The difference between the longitudinal elasticity
modulus in the grain direction and the radial and
especially the tangential ones is greater than the average
for hardwoods. In general, the ratios obtained by
ultrasound were found to be closer to the reference
values than those obtained by mechanical tests.
Table 7: Ratios between elasticity moduli
EL/ER

EL/ET

ER/ET

GLR/GRT

GTL/GRT

Guitard (1987)

8.00

13.50

1.70

3.40

2.60

Ultrasound

9.07

18.84

2.08

3.29

1.82

Mechanical

10.17

26.30

2.59

---

---

In Table 8 the expected experimental ratios between the
magnitudes of the different elastic constants are
compared considering the anisotropic behaviour of wood
and its anatomical structure [26]. The ratios obtained by
both methods correspond to habitual values for
hardwoods. This indicates that the results fall within
normal limits and suitably express the orthotropic
behaviour of the material.
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Table 8: Ratios between elastic constant values
Longitudinal
elasticity
moduli

Poisson
coefficients

Transversal
elasticity
moduli

ArgüellesÁlvarez et
al. (2013)

EL >>ER
> ET

υRT > υLT >
υLR > υTR >>
υRL > υTL

GLR > GTL >
GRT

Ultrasound

21939 >> 2420
> 1165

0.696 > 0.588 >
0.452 > 0.325 >>
0.052 > 0.032

1756 > 969 >
533

Mechanical

18055 >> 1775
> 686

0.688 > 0.599 >
0.424 > --- >>
0.036 > ---

1690 > --- > --

When the material behaves perfectly orthotropic then the
three following relations are fulfilled leading to a
symmetric matrix (eq. 10).

υ LR
EL

=

υ RL
ER

;

υ LT
EL

=

υ TL
ET

;

υ RT
ER

=

υTR
ET

(10)

Table 9 shows the experimental values of these relations
together with the reference values for hardwoods [27].
Table 9: Ratios between Poisson coefficients and longitudinal
elasticity moduli. Values x10-5
Bodig & Jayne
(1984)

Ultrasound

Mechanical

υRL/ER

1.52 – 5.13

2.11

2.01

υLR/EL

1.34 – 4.27

2.11

2.35

υTL/ET

1.79 – 6.14

2.69

---

υLT/EL

1.59 – 6.48

2.69

3.32

υTR/ET

20.68 - 128

28.32

---

υRT/ER

21 - 104

28.32

38.74

Ultrasound tests perfectly verify the symmetrical ratios,
because the calculation methodology itself assumes a
priori theoretical orthotropic for the material (C12 = C21,
C13 = C31, and C23 = C32). In the mechanical tests using
strain gauges it is only possible to compare the values
obtained in the longitudinal and radial directions, with a
very small difference between them (2.01≈2.35) close to
the value determined by ultrasound (2.11). Overall, the
ratios obtained by all the methodologies fall within
normal values for hardwoods.

4 CONCLUSIONS
The elastic constants of Eucalyptus globulus resulting
from two different testing methodologies have been
compared: ultrasound wave propagation and mechanical
compression tests using strain gauges.
The elastic values obtained by ultrasound are overall
higher than those coming from mechanical testing using
conventional gauges and the same specimens for both
cases. The most significant difference between them was
found for the longitudinal elasticity moduli.

The ratios between the different elastic constants fall
within the normal reference values for other hardwoods,
whilst the results determined by ultrasound were the
closest ones. The orthotropic assumptions of the general
elastic model are valid within some confidence level.
Longitudinal and transversal elasticity moduli indicate
that Eucalyptus globulus has higher stiffness than other
hardwoods making this species with a great potential for
the development of high added products for structural
applications. The determined elastic constants could thus
be implemented as input parameters in any numerical
model.
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TESTING OF SMALL CLEAR TENSION PERPENDICULAR TO GRAIN
SAMPLES OF SUGAR MAPLE FOR RADIAL,TANGENCIAL AND 45
DEGREE LOADING ORIENTATIONS
David E. Kretschmann1, Nilson T. Mascia 2
ABSTRACT: Sugar Maple is an important material for use in baseball bats. It currently represents over 78% of all bats
used in major league play. Since 2008 a technical team has started an investigation on the perpendicular tension
strength. Moreover, the discussion of the importance of the perpendicular tension strength to better understand the
wood´s mechanical behavior in several situations, such as shrinkage analysis, glued laminated beam failure analysis,
has become clear that more basic input information on tension perpendicular to grain is needed.
This work investigated tension perpendicular to grain properties for radial, tangential and 45-degree directions, using
Sugar Maple specimens, and testing methodology according to ASTM D143. From the statistical analysis, it can be
concluded that the experimental results of tension perpendicular to grain strength loaded in the radial and tangential
directions show a significant statistical difference. Strengths obtained at 45-degrees differ significantly from the other
directions.
KEYWORDS: Tension perpendicular, Radial, Tangential ,45-degree orientation, (Acer saccharum) Sugar Maple

1 INTRODUCTION 1
During the 2008 regular season the Safety and Health
Advisory Committee (SHAC) of Major League Baseball
(MLB) agreed to use an interdisciplinary technical team
of external experts to investigate bat breakage in MLB
games. The team was comprised of experts in wood
science, risk and statistical analyses, and laboratory
testing of baseball bats. The objectives for the team
were to develop recommendations to be considered by
Major League Baseball’s and the Major League Baseball
Players Association’s SHAC to reduce the frequency of
multi-piece bat failures and to propose future research
projects for continued analysis of the problem. During
this time an initiative was also started, the investigation
of finite element modeling of various bat profiles.
The importance of the perpendicular tension strength in
understanding the wood mechanical behavior in several
situations, such as shrinkage analysis, glued laminated
beam failure analysis and others is well known. The
modeling we conducted indicated that more basic input
information on tension perpendicular to grain on Sugar
Maple (Acer saccharum) was needed.
In this context, this work investigates tension
perpendicular to grain strengths for radial, tangential and
45-degree ring orientations of Sugar Maple and the
1 David E. Kretschmann, Forest Products Laboratory,
Madison,WI,US, dkretschmann@fs.fed.us
2
Nilson T. Mascia, University of Campinas, Campinas,SP,
Brazil, nilson@fec.unicamp.br

anatomical characteristics
differences.

that

may

cause

the

2 BACKGROUND

Knowledge of the perpendicular tension strength is
important information for better understanding of the
wood´s physical and mechanical behavior. Wood
shrinkage analysis, for example in a drying process, may
be analyzed from the point of view of the influence of
stresses in radial and tangential directions of wood and
the strengths in these directions. Certain types of
ruptures occur when stress generated by drying can reach
levels greater than the perpendicular to grain strength [1]
A prior study of Loblolly Pine (P. taeda) tension
perpendicular strength [2] for different ring orientations
of the following angles, 0°, 22.5°, 45°, 62.5° and 90°,
illustrated that tension perpendicular to grain is very
sensitive to ring orientation, reaching a minimum at the
45-degree orientation in Loblolly Pine.
In structures or structural elements there are several
examples related to the tension perpendicular to grain
strength [3] highlighted by the tension perpendicular to
grain on various elements, such as glued laminated
beams, straight or curves ones, in the local vinicity of a
joint, with reduced section parts near supports, multiple
notches, parts tensioned with notches and so on. In
general, to evaluate the design or to verify the structural
elements of wood as well, failure criteria are used [4].
Already, [5] presents an expression that combines both
tension perpendicular to grain and shear stresses to
verify or size the glued laminated timber pieces.
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The theoretical basis of these criteria involves the
knowledge of the tension perpendicular to grain
strengths and, for wood one of these strengths is related
to tension perpendicular to the grain, noting that not
only the orthotropic directions but also off axis
directions should be taken into account.
Another issue to be considered in this study is related
with the influence of the density on perpendicular to
grain strength values, obtained with different load
orientation, such as, in the radial, tangential and other
direction.
In this context, this research evaluated the tension
perpendicular to grain and used specimens, [6], in three
different orientations, in the radial, in the tangential and
in the 45-degree directions and also analyzed the
influence of the density in these strengths.

radial or tangential orientations (Figure 1 (a)), and for
45-degree orientation (Figure 1 (b)) two specimens were
prepared, denoted by A and B for the 45-degree
orientation.
The average moisture content for the specimens was
13% and the density range was 0.5749 to 0,7421 g/cm3,
which histogram of the density is shown by Figure 2.

3 MATERIALS AND METHODOLOGY
3.1 MATERIALS
The Sugar Maple (Acer saccharum) was collected from
two sources.
Leatherstockings in New York and
Louisville Slugger in Louisville Kentucky.
An inventory of sugar maple billets supplied by
Leaterstocking (L) and Louisville Slugger (S) was
created to assess the overall density distribution for the
maple billets and the distribution of density from each
supplier. The material from Leatherstockings was
represented by an L or L-Group) and the material from
Louisville Slugger will be represented by an S (or SGroup).
Hard Maple billets that were 6.985 cm in diameter and
78.74 or 93.98 cm long were supplied to the carpenter
shop at Forest Products Laboratory, Madison,WI,US.
For 83 billets matched samples were cut up into5.08-cm
by 5.08-cm by 6.35- cm specimens for tension
perpendicular to grain testing.
The cut out pattern is illustrated in Figure 1.

Figure 2: Histogram of the density range of the total
specimens.

Histograms showing the density range for the 65 data for
L-Group L and 18 for the S-Group, is presented in
Figure 3 to highlight the variation between the densities
of each group (Den(g/cm3)_L and Den(g/cm3)_S) It is
noted that the S-Group mean density is 5.68 % greater
than the L-Group.

Figure 3: Histograms of the density range of the specimens,
for each group L and S.

3.3 METHODOLOGY

Figure 1: Tension perpendicular to grain specimens

3.2 PREPARATION OF SPECIMENS
3.2.1 Preparation of Specimens
The tension perpendicular to the grain samples came
from the short sections of the billet illustrated in Figure
1. The orientation denoted by 0° or 90° corresponded to

3.3.1 Tension perpendicular to grain tests
The tension perpendicular to grain specimens were
tested according to ASTM D143 [6]. The tests were
conducted on specimens of the size and shape in
accordance with Figure 1. The load was applied
continuously throughout the test at a rate of motion of
the movable crosshead of 2.5 mm/min as shown by
Figure 4. Also it is included in Figure 4 to the specimen
and the system of applying load details.
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-

ATenL(MPa) is the tension perpendicular to grain
strength in 45-degree orientation direction for S
sample, specimen A.
BTenS(MPa) is the tension perpendicular to grain
strength in 45-degree orientation direction for S
sample,specimen B
ATenL(MPa) is the tension perpendicular to grain
strength in 45-degree orientation direction for L
sample,specimen A.
BTenL(MPa) is the tension perpendicular to grain
strength in 45-degree orientation direction for L
sample,specimen B.

-

(a)

Figure 5: Radial, tangential strengths for L-Group.
(b)

Histogram of RTenS(MPa); TTenS(MPa)
Normal

Figure 4: (a) Tension perpendicular to grain loading system;
(b) Detail of the specimen and the system of applying load.

Var iable
RTenS(MPa)
TTenS(MPa)

0,25

Mean StDev N
10,91 3,356 18
5,749 1,531 18

4.1 Tension perpendicular to grain
The strength for tension perpendicular to grain samples
of Sugar Maple for radial, tangential and 45-degree (A
and B) loading orientations, the results that were
obtained are presented in Figures 5-8. The total sample is
constituted by specimens from two different locations,
L-Group and S-Group, the results were plotted in order
to be shown the bias (tendency) of each group. In
addition, it is presented the histogram of results of the
entire sample [7].
Figure 5 exhibits the radial, tangential strengths for LGroup, whereas Figure 6 exhibits the radial, tangential
strengths for L-Group, Figure 7 the 45-degree (A and B)
loading orientations (A and B) loading orientations
strengths for L-Group, Figure 8 the 45-degree (A and B)
loading orientations (A and B) loading orientations
strengths for S-Group.
The following symbology was adopted in this analysis:
- RTenS(MPa) is the tension perpendicular to grain
strength in radial direction for S sample.
- TTenS(MPa) is the tension perpendicular to grain
strength in tangential direction for S sample.
- RTenL(MPa) is the tension perpendicular to grain
strength in radial direction for L sample.
- TTenL(MPa) is the tension perpendicular to grain
strength in tangential direction for L sample.

0,15

0,10

0,05

0,00

4

8

12

16

Data

Figure 6: Radial, tangential strengths for S-Group.
Histogram of ATenL(MPa); BTenL(MPa)
Normal

Var iable
ATenL(MPa)
B TenL(MPa)

0,25

Mean StDev N
8,198 2,003 65
8,253 2,172 65

0,20

Density

4 RESULTS

Density

0,20
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Data

Figure 7: 45-degree (A and B) loading orientation strengths
for L-Group.
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Histogram of ATenS(MPa); BTenS(MPa)

Table 1: Analysis of Variance

Normal

0,4

Variab le
ATenS(MPa)
BTenS(MP a)
Mean StDev N
8,888 1,552 18
9,263 2,202 18

Density

0,3

0,2

0,1

0,0

4

6

8

10

12

14

Data

Source

DF Adj SS Adj MS F-Val. P-Val.

Regress 1 13.83 13.830
TTenL
1 13,83 13,830
Error
63 360.34 5.720
Total
64 374.17

2.42 0.125
2,42 0,125

Model Summary
S
R-sq
R-sq(adj)
2.3915 3.70%
2.17%

Figure 8: 45-degree (A and B) loading orientation strengths
for S-Group.

Regression Equation:
RTenL(MPa) = 8,810 + 0,284 TTenL(MPa)

In order to verify the relationship between the tangential
and radial strengths is presented the next figure showing
the scatter plot of the results separated by groups of
specimens, L-type and S type. It is possible to denote
that both have the same tendency, and L-type by having
a larger amount of data (66 sample results L compared to
17 samples S) denotes a greater dispersion of data or
values. Thus, Figure 9 displays more clearly the
differences between the groups L and S, and, the
regression analysis, which follows, emphasizes
statistically the tendency of each group.

The regression analysis of RTenS(MPa)
TTenS(MPa) is shown in Table 2.

Scatterplot of RTenL(MPa) vs TTenL(MPa); RTenS(MPa) vs TTenS(MPa)
Variable
RTenL(MPa) * TTenL(MPa)
RTenS(MPa) * TTenS(MPa)

RTenL(MPa);RTenS(MPa)

17,5

(1)
versus

Table 2: Analysis of Variance

Source

DF Adj SS Adj MS F-Val. P-Val.

Regress
TTenS
Error
Total

1
1
16
17

42.11
42.11
149.31
191,42

42.115
42.115
9.332

4.51 0.050
4.51 0.050

Model Summary
S
R-sq
R-sq(adj)
3.0548 22.00% 17.13%

15,0

Regression Equation:
RTenS(MPa) = 5,00 + 1,028 TTenS(MPa)

12,5

(2)

10,0

7,5

5,0
1

2

3

4

5

6

7

8

9

The regression analysis between the total radial and
tangential strengths is presented Figure 10, illustrating
the plot of the strengths, followed by the corresponding
the regression analysis.

TTenL(MPa);TTenS(MPa)

Figure 9: Plotting of experimental results with the two
separate groups of specimens, type L and S.

Fitted Line Plot

RTenT(MPa) = 8,093 + 0,4380 TTenT(MPa)
S
2,55734
R-Sq
7,3%
R-Sq(adj)
6,1%

17,5

The Regression Analysis of RTenL(MPa) versus
TTenL(MPa) is shown in Table 1.

15,0

RTenT(MPa)

In Tables 1-7 the following notation was used:
DF is the degree of freedoms.
S is an estimate of the standard deviation of the error
term in the model.
R-sq (or R2) is the coefficient of determination.
R-sq(adj) is a modified Ri-sq that has been adjusted for
the number of terms in the model.
Adj SS is the regression mean square.
Adj.MS is the residual mean square.
F-Val is used in hypothesis testing to determine whether
two population variances are equal
P-Val is used the P-Value to analyze whether the
regression coefficients are significantly different from
zero.

12,5

10,0

7,5

5,0
1

2

3

4

5

6

7

8

9

TTenT(MPa)

Figure 10: Plotting of the total results for radial and
tangential tension perpendicular to grain strengths.

The regression analysis of
RTenT(MPa) versus
TTenT(MPa) is shown in Table 3.
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There is not great enough to exclude the possibility that
the difference is due to random sampling variability.
There are however statistically significant differences
between (P = <0.001) the median values of the
Tangential, 45 degree, and the Radial samples. The
difference between groups are greater than would be
expected by chance. there is a statistically significant
difference tangential and radial samples

Table 3: Analysis of Variance

Source
Regress
TTenS
Error
Total

DF Adj SS Adj MS F-Val. P-Val.
1 41.44 41.439
1 41.44 41.439
81 529.74 6.540
82 571.18

6.34 0.014
6.34 0.014

Table 4: Mann-Whitney Rank Sum Test Results in MPa

Model Summary
S
R-sq
R-sq(adj)
2.5573 7.25%
6.11%
Regression Equation:
RTenT(MPa) = 8,093 + 0,438 TTenT(MPa)

(3)

Where: RTenT(MPa) is the tension perpendicular to
grain strength in radial direction for the total sample
and TTenT(MPa) is the tension perpendicular to grain
strength in radial direction for the total sample.
In light of the analysis of variance, it can be concluded
that with a p = 1.4% the regression is not significant with
the value F, and the coefficient of determination R2 =
0.0725 the relationship between the parameters is small.
The Boxplot summary of matched samples for each
loading direction is shown in Figure 11 [7].

Group N Missing Median 25% 75%
RTenT 88
0
10.61 8.81 12.42
ATenS 88
0
8.38 6.73 9.97
BTenS 87
2
8.13 6.66 10.15
TTenT 88
2
5.48 4.01 6.61
Comparison RTenT vs TTenT
Mann-Whitney U Statistic = 378
T=4119 n(small)=86 n(big)=88 (P=<0.001)
Comparison RTenT vs ATenS
Mann-Whitney U Statistic = 2120
T=9540 n(small)=88 n(big)=88 (P=<0.001)
Comparison ATent vs BTenT
Mann-Whitney U Statistic = 3735
T=7390 n(small)= 85 n(big)=88 (P=0.989)
4.2 Tension perpendicular to grain and density
analysis

Boxplot of RTenS(MPa); ATenS(Mpa); BTenS(pMpa); TTenS(MPa)
18
16

The Figures12-15 amd Tables 5-7 present an analysis
on the influence of the density on perpendicular to grain
strength values in the radial, tangential and 45-degree
orientation, for A or B directions, as follows:

Valor Médio (MPa)

14

Data

12
10

10,421
8,3476

8

8,47174

6

5,31619

Fitted Line Plot

RTenT(MPa) = 0,313 + 15,07 Dens(g/cm3)_T

4

S
2,58753
R-Sq
5,1%
R-Sq(adj)
3,9%

17,5

2
0
ATenS(Mpa)

BTenS(pMpa)

15,0

TTenS(MPa)

Figure 11: Boxplot of radial, tangential and 45-degree
orientation tension perpendicular to grain strengths for all
data.

RTenT(MPa)

RTenS(MPa)

12,5

10,0

7,5

From Figure 11 data it is possible to point out that the
tension perpendicular strength with loading in the
tangential direction is almost 51% of the strength when
loaded in the radial direction. In addition, the 45-degree
orientation for A or B specimen results were located 6%
above the mean value between the radial and tangential
strength mean value.
A Mann-Whitney Rank Sum Test was conducted on the
matched samples indicated that the radial and tangential
tension perpendicular stress results. The results for the ttests of various combinations are shown in Table 4.
There is not a statistically significant difference (P =
0.989) in the median values between the A and B groups.

5,0
0,55

0,60

0,65

0,70

0,75

Dens(g/cm3)_T

Figure 12: Plotting of the radial tension perpendicular to
grain strengths and density for total sample.

Figure 12 shows a trend towards increasing ratial tension
perpendicular to grain strength with increasing density.
The regression analysis of
RTenT(MPa) versus
Dens(g/cm3)) is shown in Table 5,
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Table 5: Analysis of Variance

Fitted Line Plot

ATenT(MPa) = - 5,784 + 21,07 Dens(g/cm3)_T

Source

DF Adj SS Adj MS F-Val. P-Val.

13

S
1,74988
R-Sq
18,5%
R-Sq(adj)
17,5%

12

1 28.86 28.859 4,31 0.041
1 28.86 28,859 4.31 0.041
81 542.32 6.695
82 571.18

11

ATenT(MPa)

Regress
Dens
Error
Total

Model Summary
S
R-sq
R-sq(adj)
2.5875 5.05%
3.88%

10
9
8
7
6
5
4
0,55

0,60

0,65

0,70

0,75

Dens(g/cm3)_T

Regression Equation:
RTenT(MPa) = 0,31 + 15,07 Dens(g/cm3)_T

(4)

Figure 14: Plotting of the 45-degree orientation tension
perpendicular to grain strengths, for A specimens and density
for total sample.
Table 7: Analysis of Variance

Fitted Line Plot

TTenT(MPa) = 2,988 + 3,470 Dens(g/cm3)_T
9

S
1,62730
R-Sq
0,7%
R-Sq(adj)
0,0%

8

DF Adj SS Adj MS F-Val. P-Val.

Regress 1 56.41 56.410 18.42
Den
1 56.41 56.410 18,42
Error
81 248.03 3.062
Total
82 304.44

7

TTenT(MPa)

Source

6
5
4
3

Model Summary
S
R-sq
R-sq(adj)
1.7498 18.53% 17.52%

2
1
0,55

0,60

0,65

0,70

0.00
0,00

0,75

Dens(g/cm3)_T

Figure 13: Plotting of the tangential tension perpendicular to
grain strengths and density for total sample.

Figure 13 demonstrates that the impact of density on the
tangential tension perpendicular to grain strength is
minimal. The regression analysis of TTenT(MPa) versus
Dens(g/cm3) is given in Table 6.

Regression Equation:
ATenT(MPa) = - 5,784 + 21,07 Dens(g/cm3)_T

(6)

Figure 15 suggests that as density increases so dose the
tension perpendicular to grain strength of the B samples.
The regression analysis of BTenT(MPa) versus
Dens(g/cm3) is given in Table 8.
Fitted Line Plot

BTenT(MPa) = - 8,249 + 24,93 Dens(g/cm3)_T

Table 6: Analysis of Variance

14

Source

DF Adj SS Adj MS F-Val. P-Val.

Regress
Den
Error
Total

1
1
81
82

0,58
0,58

12
11

0.449
0.449

BTenT(MPa)

1.531 1.531
1.531 1.531
214.49 2.648
216.026

S
1,98729
R-Sq
19,8%
R-Sq(adj)
18,8%

13

10
9
8
7
6

Model Summary
S
R-sq
R-sq(adj)
1.6273 0.71%
0.00%
Regression Equation
TTenT(MPa) = 2,99 + 3,47 Dens(g/cm3)_T

5
0,55

0,60

0,65

0,70

0,75

Dens(g/cm3)_T

(5)

Figure 14 suggests that as density increases so does the
tension perpendicular to grain strength of the A samples.
The regression analysis of ATenT(MPa) versus
Dens(g/cm3) is given in Table 7.

Figure 15: Plotting of the 45-degree orientation tension
perpendicular to grain strengths, for B specimens, and density
for total sample.
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Table 8: Analysis of Variance

Source

DF Adj SS Adj MS F-Val. P-Val.

Regress 1 78.98 78.975
Den
1 78.98 78.975
Error
81 319.90 3.949
Total
82 398.87

20,00
20.00

for example higher values in radial direction relative to
the tangential, [11] stated the mechanical behavior of
wood is induced by its orthotropic direction properties.

0.00
0.00

Model Summary
S
R-sq
R-sq(adj)
1.9872 19.80% 18.81%
Regression Equation:
BTenT(MPa) = - 8,249 + 24,93 Dens(g/cm3)_T (7)
It is noted that from the statistical analysis developed in
this item the influence of the density on perpendicular to
grain strength values in radial and tangential directions
can be considered not significant (even that it is not
possible to reject the null hypothesis) for radial and
tangential tension perpendicular to grain. On the other
hand, in the cases of 45-degree inclined specimens
certain relationship is verified.

5 INFLUENCE OF MEDULLARY RAYS
IN TENSION PERPENDICULAR TO
GRAIN STRENGTH
Test results indicated that the tension perpendicular
strength in the tangential direction is almost ½ the
strength when loaded in the radial direction, it is our
belief that this is related to the influence of the
medullary rays on this wood´s mechanical property.
In technical literature, there are many studies
demonstrating the importance in wood strength
associated to radial direction, the presence of rays.
Already [8] presented a study on the solid mechanics
cell, in which a cell model proposed for the timber, to
check the positioning of the medullary rays in relation to
a stress applied, and the contributions to strength in
compression or tension.
Also, [9] took microscopic images using computed
tomography to observe the orthotropic planes of the
following species wood, Spruce Noroega, Picea Abies
[L.] and European Beech, Fagus sylvatica [L.], the
former is a conifer while the latter is a hardwood. [9]
verified the rupture of medullary rays and the importance
of the presence of them in wood strength in compression
and tension tests.
[10] stated for the resistance of medullary rays of the
wood, a significantly high value of about 75 MPa, rated
by test micro tension in low humidity conditions, but
highlighting the contribution of underestimated the
parenchyma, constituents of medullary rays in wood
strength as a whole. The medullary rays in the case of
this research for various wood species ranging from 8 to
40%, indicating that the strength in the radial direction is
greater than in the tangential direction, as can be
illustrated by Figure 16. Considering now the
relationship between modulus of elasticity and strength,

Figure 16: Wood sample illustrating presence of the
meddulary rays, indicating influence in the strength in the
radial direction [12].

Yet [12] noted that the presence and proportion in
volume of medullary rays in the wood of the studied
species may influence stiffness timber in the radial
direction, regardless of its size and that the radial
modulus of elasticity is both dependent on the volume
fraction of rays and the apparent density wood. In the
tangential direction, the apparent density is the factor
that influences the timber rigidity.
Focusing on this present research, in which Sugar Maple
(Acer saccharum) medullary was used, and considering
Figures 17 and 18 show the radial-longitudinal plane (the
radial direction is the horizontal direction, and the
longitudinal direction is the vertical one) and the
tangential-longitudinal plane (the tangential direction is
the horizontal direction, and the longitudinal direction is
the vertical one) of this wood species, a significant
presence of medullary rays can be noted.

Figure 17: The amount of medullary rays on the radiallongitudinal plane of Sugar Maple wood species. (image
courtesy of Alex Wiedenhoeft)
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Also density did not have a statistically significant
influence on the perpendicular to grain strength values in
radial and tangential directions. There was very little
effect of influence of density on the tangential
perpendicular to grain strength but there was a tendency
for increased radial tension perpendicular to grain
strength with increased density. Density had an even
stronger influence on the 45-degree inclined specimens.

Figure 17: The amount of medullary rays on the tangentiallongitudinal plane of Sugar Maple wood species (image
courtesy of Alex Wiedenhoeft)..

The estimated percentage of the volume of medullary
rays in relation to the volume of the timber is about
17.9%, and this amount of rays certainly contributed to
increase the tension perpendicular to grain strength in
radial direction when compared to tangential direction.

6 FAILURE MODES VERIFIED
The failure modes of radial, tangential and inclined
specimens were the typical separation by tension of the
fibers. In addition, the effects of shear stresses in
inclined specimens due to positioning of the fibers in
relation to the applied stress was observed.
Figures 18 shows an example of such failure modes for
45-degree orientation specimen, whereas Figure 19
illustrates an example for radial or tangential tension
perpendicular to grain specimen.

Figure 18: Typical failure mode of 45-degree direction
specimen in perpendicular tension perpendicular to grain
tests.

7 CONCLUSIONS
From the statistical analysis, it can be concluded that the
experimental results for tension perpendicular to grain
strengths, in the radial, 45-degree, and tangential
directions, show a significant statistical difference
between each other. These differences can be explained
by the substantial ray packets of Sugar Maple.

Figure 19: Typical failure mode in, radial or tangential
specimen in tension perpendicular to grain tests.
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FACTORS THAT AFFECT BOLTED JOINTS IN JAPANESE LARCH
GLULAM
Rongjun Zhao1, Zi Wang2, Haiqing Ren3, Haibin Zhou4, Xinting Xing5, Yong Zhong6

ABSTRACT: Japanese larch (Larix kaempferi) is an important species in China. The extensive use of Japanese larch
can alleviate lumber shortage in China. Various grades of Japanese larch (Larix kaempferi) laminas were chosen to
study the factors that affect the bolted joint performance. By comparing the loading test results with the required design
values,it revealed that: (1) Bolt diameter affected the loading performance, then, bolt class, and the lamina grade was
the least influential factor. (2) Japanese larch glulam can achieve the required designed value to be used as structural
materials.
KEYWORDS: Japanese larch( Larix kaempferi ), glulam, bolted joints, bearing performance, influence factors
INTRODUCTION 123
Japanese larch （Larix kaempferi ） is a popular species
growing in northern China[1]. It grows vigorously and
can be harvested in about 30 years[2]. The utilization of
Japanese larch will alleviate the shortage of lumber in
China. In order to find the properly usage of larch in
structural members, it is essential to investigate those
factors that affect the load capacity and the bearing
performance of bolted joints[3].
Rameer conducted a dowel bearing test by using
different diameters bolt in the direction parallel to wood
grain and his result shows that the diameter of bolt have
significance influence on dowel bearing strength[4].
Soltis proposed a concept of thickness-radius ratio in
1987. And he found that the ductility of the bolt
increased with the thickness-radius ratio. The failure
mode is joint dowel failure with bolt bending[5-7].

Maik carried out the dowel bearing test by the load
perpendicular to the wood grain. It turned out that the
ultimate load of the joint increase in a certain degree
with the edge distance decrease[8]. Trayer experiment
found that the angle of stress direction and grain have
significant influences on the bearing properties of the
bolt joint[9]. Keiichi used cross laminated material as test
material and found that the cross laminated panel can
enhance the stiffness of the bolt joint and keep the
requirement of ductility, so that the bearing properties of
the wood construction bolt joint can be improved [10].
The mechanical properties of the bolted joint largely
depend on the specifications of lamina and bolts that
may include the slenderness ratio of bolt, the thickness to
diameter ratio, density and moisture content of lamina[10,
11]
. The objective of this study was to explore the effects
of the lamina grade, bolt diameter and class on bearing
capacity of bolted joints.

1 MATERIALS AND METHODS
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1.1 SPECIMENS
Glulam was made of Japanese larch harvested from the
plantation in Liaoning province in China. The laminas
were usually classified into three grades based on the
elasticity of modulus (MOE) that were measured by
stress wave: the high grade (>15GPa), medium grade (8
GPa-14 GPa) and low grade (<8 GPa). The main
member and side member sizes are 80 mm×98 mm×280
mm and 40 mm×98 mm×280 mm, respectively. The hole
center is 112 mm distance from the end of main member
and side member (Fig.1).
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The adhesive used is Akko super glue PRX352AWE/352BE (PRX-352AWE:PRX-352BE=100:30
weight unit)
Class 4.8 and class 8.8 of steal bolts were used to
connect the members. Three diameters are 10 mm, 12
mm and 14 mm.

E=ν2ρ

(1)

Where E=Wood elastic modulus, ρ=wood density, v=the
velocity of stress wave

Figure 1: Specimens of bolted joints

1.2 EXPERIMENTAL PROCEDURE
Eight groups and four specimens in each group were
tested (Table 1). With the symmetric double shear woodwood bolt connection, bearing properties parallel to the
timber grain measured according to ASTMD 5652-95
(Figure 2).

Figure 3: FAKOPP testing

The load-bearing capacity tests on bolted joints were
done with the universal strength testing machine Instron
5582. The load was applied under displacement control
at a rate of 2 mm/min. The maximum load was recorded
and failure was observed after the specimens failed. The
overall view of the testing were shown in the Figure 4.

Figure 2: Double shearing bolted joints

The laminas were classified into three grades based on
MOE. By measuring the time of stress wave propagation
in wood, the strength and elastic modulus of wood was
estimated (figure 3). The relationship between MOE,
wood density and the velocity of stress wave were
shown in equation （1）:

Figure 4: Overall view of testing
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Table 1: Experiment design

Factor
Lamina grade

Class

Number

high（>15 GPa)

4

medium（8 GPa-14 GPa）

4

low（<8 GPa）

4

10 mm

4

12 mm

4

14 mm

4

class 4.8

4

class 8.8

4

Bolt diameter

Bolt class

3 RESULTS AND DISCUSSION
3.1 EFFECTS OF LAMINA DEGREE ON THE
BEARING PERFORMANCE OF BOLTED JOINTS
The laminates were divided into three classes by stress
wave method. Effect of lamination degree on the bearing
performance of bolted joints was experimentally studied.
The yield strength and the ultimate load of the medium
grade lamina are the largest, which are 5.620 MPa and
7.060 kN, that the yield strength and the ultimate load of
the low grade lamina are lower than 5.620 MPa and
7.060 kN. The high grade lamina have the smallest yield
strength and the ultimate load. The maximum load value
increases with the lamina grade. The variance analysis of
the yield strength and maximum load of plywood bolted
joints were shown in table 3. The load bearing
performance of the bolted joint was significantly
influenced by the different grades of the lamina. The
influence of the lamina grade on the maximum load of
the node was greater than the yield strength.
Table 2: Load bearing performance of plywood bolted joint
under different lamina grade

Lamina
grade

Yield strength
(MPa）

Low

4.610

Proportional
limit load
(kN)
5.746

Medium

5.620

7.060

17.574

High

4.746

5.242

18.939

Maximum
load (kN)
15.574

Table 3: Variance analysis of yield strength and maximum
load of bolted joints

Mechanical
index
Yield
strength
Maximum
load

F

P-value

Significance

5.014

0.034

﹡

7.042

0.014

﹡

Notes
bolt class is 4.8, its diameter is
12 mm
bolt class is 4.8, lamina grade
is medium
bolt diameter is 12 mm. lamina
grade are medium and low

3.2 EFFECT OF BOLT DIAMETER ON THE
BEARING PERFORMANCE OF BOLTED JOINTS
The bolts diameters of 10 mm, 12 mm and 14 mm were
selected and the experiments were done on the medium
lamina. The yield strength and maximum load of the bolt
joints were closely related to the bolt diameter (table 4).
With the increasing of the bolt diameter, the yield
strength decreased and the maximum load increased.
Table 4: Load bearing performance of bolted joints under
different bolt diameter

10

Yield
strength
(MPa)
5.676

5.797

15.574

12

5.620

7.060

17.574

14

3.787

5.901

19.649

Diameter
(mm)

Proportional
limit (kN)

Maximum
load (kN)

For the further study of the relationship between the
yield strength and the bolt diameter, the average value of
the yield strength and the bolt diameter were fitted. The
coefficient of determination was 0.772, and the
correlation between yield strength and bolt diameter was
higher, as shown in Figure 5. The relation Equation (2, 3)
was shown as below:

Y  0.472 x  10.693

(2)

R 2  0.772

(3)

Where Y= Yield strength of bolted joints, x=Bolt
diameter.
Yield strength decreased with the bolt diameter due to
the low density of Japanese Larch. The mechanical
property of larch is lower than that of bolt. The yield
strength is determined by the mechanical properties of
lamina rather than bolt. If the bolt diameter increased
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and sample size remained constant, both the effective
stress volume and yield strength of the specimen
decreased.

Table 5: Variance analysis of yield strength and maximum
load of bolted joints under different bolt diameter

Mechanical
index
Yield
strength
Maximum
load

F

P-value

Significance

23.140

0.002

﹡﹡

1.666

0.248

3.3 EFFECT OF BOLT CLASS ON THE BEARING
PERFORMANCE OF BOLTED JOINTS

Figure 5: The relation curve between the yield strength and the
bolt diameter

The relationship between the maximum load and the bolt
diameter was shown in figure 6. The linear correlation
between the maximum load and the bolt diameter was
lower than that with the yield strength. The maximum
load increased with the bolt diameter. When the bolt
holes increased, the force area under the bolt increased
and the stress-focus phenomenon reduced as the load
distribution load effectively dispersed. The relation
Equation (4, 5) was shown as below:

Y  1.555x  11 .770

(4)

R 2  0.690

(5)

Where Y= maximum load, x=bolt diameter

Figure 6: The relation curve between the maximum load and
the bolt diameter

Results of the variance analysis of yield strength and
maximum load of bolted joints under different bolt
diameter was presented in table 5. The P-values indicate
that the bolt diameter has significant effect on yield
strength but it has no significant effect on the maximum
load.

In order to determine the influence of bolt class on the
bearing performance of the glulam bolted joints, the test
was carried out on two grades of lamina with 8.8 class
and 4.8 class bolts, respectively. Results were shown in
Table 6.
Table 6: The bearing performance of bolted joints under
different bolted classes

Lamina
grade
Low
Medium

Bolt
class

Yield
strength
(MPa)

Proportional
limit load
(kN)

Maximum
load (kN)

4.8

4.610

5.746

15.574

8.8
4.8
8.8

2.551
5.620
2.669

5.017
7.060
6.243

14.102
17.574
17.297

The yield strength, the proportional limit load and the
maximum load of the joint decreased with the bolt grade
(Table 6). In the compression process, there is mainly
bearing failure in bolt bending at the joint. Bolt joints
with class 8.8 bolt bent slightly. Bending was less than
the bolt joints at bolt class 4.8. The damage degree of
glulam is reversed.
The yield strength of bolted joints relates with the
mechanical strengths of glulam and bolt. Compared with
the mechanical strength of bolt, the mechanical strength
of glulam was much smaller. The rigidity of bolts
increased with the bolt class so that the external force
will be larger to cause bolt to deform. The compression
curve was divided into three stages: elastic, yield and
failure stages. In the elastic stage, only small
deformation occurred in the plywood and the bolt, and
the stress increased linearly with strain. At 6.243 kN, the
glulam was still in the elastic stage, but the deformation
of class 8.8 bolt decreased. With higher grade bolts, the
ratio limit load, yield strength and maximum load
decreased.
Results of the variance analysis of yield strength and
maximum load of bolted joints for various bolt classes
were listed in Table 7. Bolt class has a significant
influence on the yield strength of bolt joints and less
effect on its maximum load.
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3.4 DESIGN VALUE OF BEARING CAPACITY

Table 7: Variance analysis of yield strength and maximum
load of bolted joints under different bolt classes

Mechanical
index
Yield
strength
Maximum
load

F

P-value

significance

12.116

0.013

﹡

0.025

0.879

According to the design Code of timber structures[12], the
bearing capacity of shear plane is calculated with
Equation (5):

Nv  k v d 2

fc

(5)

Where: Nv =the design value of bearing capacity of each
shear plane (N) , fc=the design value of bearing strength
parallel to grain of wood (N/mm), d=bolt diameter (mm),
kv=the calculation coefficient of the design value of
bearing capacity.

Table 9: The bearing performance of bolted joints

Factor
Lamina grade

Bolt diameter

Bolt class

Class

Design value (kN)

Yield load (kN）

Maximum load (kN)

low
medium
high
10 mm

2.963
3.452
3.880
2.659

8.824
10.708
9.781
9.004

15.574
17.574
18.939
15.574

12 mm

3.452

10.708

17.574

14 mm
4.8
8.8
4.8
8.8

4.699
2.963
2.963
3.452
3.452

8.484
8.824
4.884
10.708
5.086

19.649
15.574
14.102
17.574
17.297

Three T / D of 4.000, 3.333 and 2.857 correspond to the
material (T) thickness of 40 mm and three bolt diameters.
Three kvs of 6.1, 5.5 and 5.5 was used according to the
Code for design of timber structures.
From table 8. The loading test results of bolted joints for
Japanese larch glulam were higher than the required
design values, which indicates that Japanese larch
glulam can be used as a structural material.

4 CONCLUSION
(1) Through the variance analysis of yield strength and
maximum load of bolted joint, it revealed that the bolt
diameter affected the loading performance most, then,
the bolt class, and the lamina grade was the least
influential factor.
(2) The test results of the bolted joint for Japanese larch
glulam showed the higher bearing capacity than the
required design value. This indicated that Japanese larch
glulam can be safely used in structural bolt joint.
(3) The yield strength and ultimate load of glulam bolt
joint have a close relationship with the diameter of bolt,
the yield strength decreased with the diameter of bolt,
but the ultimate load increased linearly, proportional
limit load presented little relationship to the diameter of
bolt.

Notes

lamina grade is
low
lamina grade is
medium

(4) The yield strength, proportional limit load and
ultimate load of the joint decreased with the bolt grade.
The joint dowel failure with bolt bending was the major
failure mode of bolt joint, the curvature of 4.8 grade bolt
joint higher than 8.8 grade bolt joint, elastic stage, yield
stage and failure stage were covered in the stress-strain
curve
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EFFECTS OF CLIMATE CHANGE ON STRUCTURAL BEHAVIOR OF
WOOD TO WOOD CONNECTIONS
Gi Young Jeong1, So Sun Lee2
ABSTRACT: Dovetail connections were applied for connecting column to column, and beam to beam in traditional
timber framed buildings. Previous studies were mainly focused on mechanical behaviour of the connection. However,
there was a lack of study on the structural behaviour of the connection under different moisture contents. The goal of this
study was to analyse the effects of moisture content on swelling behaviour and structural performance of dovetail
connection. Different sizes of 120×120, 180×180, 180×240 mm from larix kaempferi and pinus koraiensis were used.
Dimensional changes of dovetail connection made from different species showed different trends with an increment of
size. The dimensional changes of member of dovetail connection from larix kaempferi were higher than those of dovetail
connection made from pinus koraiensis, whereas the dimensional changes of geometric variables of dovetail connection
from pinus koraiensis were higher than those of dovetail connection made from larix kaempferi.
KEYWORDS: Dimensional change, dovetail connection, wood to wood connection, FEM

1 INTRODUCTION 123

2 MATERIALS AND METHODS

Carpentry joints have been used in the traditional timber
framing building in many countries. Although the
mechanical properties of dovetail connections have been
investigated, there were lack of studies on the physical
behaviour and structural performance under different
moisture conditions. Figure 1 shows the traditional timber
structure using dovetail connection for connecting column
to column in south Korea. Dovetail connections are made
of wood which is a hygroscopic material. Therefore, the
physical and mechanical properties of dovetail connection
could be highly varied by different moisture conditions.
The goal of this study was to evaluate the effects of
moisture content on dimensional changes and structural
performance of dovetail connection made from larix
kaempferi and pinus koraiensis.

2.1 MATERIALS
Different sizes of 120×120, 180×180, and 180×240 mm
dovetail connection made from larix kaempferi and pinus
koraiensis were prepared to analyse the dimensional
changes. Figure 2 shows the dimensions of three different
size dovetail connections.

Figure 2: Dimensions of different sizes of dovetail connections

2.2 METHODS
To measure the dimensional change, the original positions
were marked on the surface of the connection. Figure 3
shows the measurement information of dovetail
connection including member width and depth, tenon
neck width, tenon head width, tenon length and gaps
between the tenon and mortise.
Figure 1: Dovetail connection used to connect column to
column in neungga temple in south Korea
1

Gi Young Jeong, Chonnam National University, South Korea
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So Sun Lee, Chonnam National University, South Korea,
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Figure 3: Dimensional change measurements for dovetail
connection

Figure 5: Tension test of dovetail connections

(a) Immersion test

(a) ASTM E 2126 (2011)

(b) Size of water bath used in this study
Figure 4: Immersion test for dovetail connections

Figure 4 shows the immersion test for different size
dovetail connection. A size of two 3600×5660×500 mm
water proof baths were fabricated. To submerge the
dovetail connection, lumbers were placed on the surface
of dovetail connections and bricks and baskets with full
of water were mounted on the lumber. The water proof
fabric was covered when the measurement did not take
place. The measurement schedules were conducted as
every three days until 15 days after the connections were
submerged. After 15 days from the immersion, the
measurement were conducted every 7 days during 90 days
immersion.

(b) Yasumura and Kawai (1997)

(c) EN 12512 (2005)
Figure 6: Defining tensile properties from load-displacement
curves using (a) ASTM E 2126(2011), (b) Yasumura and
Kawai(1997), (c) EN 12512(2005)
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Figure 7 shows actual dimensional changes of different
size dovetail connection made from larix kaempferi and
pinus koraiensis. With an increment of size, dimensional
changes of member width and depth increased, whereas
the dimensional change of member length, tenon head
width, neck width, length decreased, except for tenon
head width and neck width from pinus koraiensis dovetail
connection. There was no consistent trend for the
dimensional change of tenon neck width and length from
pinus koraiensis dovetail connection with an increment of
size.

Dimensional changes (mm)

Comparing dimensional changes by species, with an
increment of size, the dimensional changes of member
depth, width, length of dovetail connection from larix
kaempferi were higher than those of dovetail connection
from pinus koraiensis. However, the dimensional changes
of tenon neck width, head width, and length of dovetail
connection made from pinus koraiensis were higher than
those of dovetail connection made from larix kaempferi.
Member width
Member depth
Member length
Tenon head width
Tenon neck width
Tenon length

7
6
5
4
3
2
1
0
-1

120×120 180×180 180×240
Sizes (mm×mm)

Dimensional changes (mm)

Member width
Member depth
Member length
Tenon head width
Tenon neck width
Tenon length

120×120 180×180

7
6
5
4
3
2
1
0
-1

Member width
Member depth
Member length
Tenon head width
Tenon neck width
Tenon length

120×120 180×180 180×240
Sizes (mm×mm)

(a) larix kaempferi
7
6
5
4
3
2
1
0
-1

Member width
Member depth
Member length
Tenon head width
Tenon neck width
Tenon length

120×120 180×180

180×240

Sizes (mm×mm)

(a) larix kaempferi
7
6
5
4
3
2
1
0
-1

Swelling (%)

3.1 DIMENSIONAL CHANGES OF DOVETAIL
CONNECTIONS

geometric variables of tenon from dovetail connection
made from larix kaempferi, the swelling of geometric
variables from dovetail connection made from pinus
koraiensis did not show a consistent trend with the size.
Swellings of member width and depth of dovetail
connection from larix kaempferi were higher than those
of dovetail connection from pinus koraiensis. Swellings
of tenon neck width, head width of dovetail connection
from pinus koraiensis were higher than those of dovetail
connection from larix kaempferi. Shrinkages in the tenon
head width and length of 180×240 mm dovetail
connection from larix kaempferi occurred.

Swelling (%)

3 RESULTS AND DISCUSSION

180×240

Sizes (mm×mm)

(b) pinus koraiensis
Figure 7: Avereage dimensional changes of dovetail
connections made from larix kaempferi and pinus koraiensis

3.2 SWELLING OF THE DOVETAIL
CONNECTION
Figure 8 shows the swelling of different size dovetail
connections made from two different species. In general,
the swelling of member width, depth, and length, tenon
head width and length of dovetail connection decreased
with an increment of size. Compared to swelling of

(b) pinus koraiensis
Figure 8: Average swelling of dovetail connections made from
larix kaempferi and pinus koraiensis

3.3 TRENDS OF DIMENSIONAL CHANGES OF
DOVETAIL CONNECTION BY IMMERSION
PERIOD
Figure 9 shows dimensional changes of dovetail
connection according to immersion period. While the
member width and depth increased steadily with
immersion period, the member length, tenon head width,
neck width, length were highly fluctuated with immersion
period.
For the dimensional changes in member width and depth,
the gradient of the dimensional changes was sharply
increased until 6 days after the immersion, the gradient of
the dimensional changes after 6 days of the immersion
slowly increased. About 76% of the dimensional changes
of member width and depth and geometrical variables
occurred in the first 9 days.
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(a) larix kaempferi 120×120mm
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Figure 9: Average dimensional changes of dovetail connection
made from different wood species and sizes according to
immersion period
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Figure10: Average gap changes of dovetail connection from
different wood species and sizes according to immersion period
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Comparing the three methods, the highest yield load of
42.60 kN of 240 by 240 mm larix kaempferi dovetail
connection and the highest yield displacement of 4.07 mm
of 180 by 180 mm pinus koraiensis dovetail connection
were found from Yasumura and Kawai (1997) and the
smallest yield load of 9.96 kN of 120 by 120 mm larix
kaempferi dovetail connection was found from EN 12512
(2005) and the smallest yield displacement of 2.24 mm
were found from ASTM E 2126 (2011). In the
determination of ductility ratio, the ductility ratio of
dovetail connection determined from Yasumura and
Kawai (1997) showed a lower value compared to the
ductility ratio determined from ASTM E 2126 (2011) and
EN 12512 (2005).

Δmax(mm)
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a and
)
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Ductility ratio of 120 by 120 mm pinus koraiensis
dovetail connection determined from the three methods
ranged from 2.66 to 3.16. Ductility ratio of 180 by 180
mm pinus koraiensis dovetail connection ranged from
4.15 to 4.90. Ductility ratio of 180 by 240 mm pinus
koraiensis dovetail connection ranged from 3.39 to 4.08.
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Ductility ratio did not show a consistent trend with the
size. Ductility ratio of dovetail connection made from
pinus koraiensis was greater than that of dovetail
connection made from larix kaempferi. Ductility ratio of
120 by 120 mm larix kaempferi dovetail connection
ranged from 2.23 to 2.57. Ductility ratio of 180 by 180
larix kaempferi dovetail connection ranged from 1.95 to
2.19. Ductility ratio of 180 by 240 larix kaempferi
dovetail connection ranged from 3.28 to 4.26.

larix kaempferi
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×120
14.95
(0.06)1
5.61
(0.27)

Load (kN)

Tensile properties of dovetail connection made from
different size and species were determined using ASTM
E 2126 (2011), Yasumura and Kawai (1997), and EN
12512 (2005) (Table 1). The load carrying capacity and
Initial stiffness of dovetail connection increased with an
increment of size. Generally, the maximum displacement
increased with an increment of size. Comparing the three
methods, the highest initial stiffness of 15.24 kN/mm of
180 by 240 mm larix kaempferi dovetail connection was
determined from ASTM E 2126 (2011), the smallest
initial stiffness of 3.45 kN/mm of 120 by 120 mm larix
kaempferi dovetail connection was found from Yasumura
and Kawai (1997). In general, the load carrying capacity
and initial stiffness of dovetail connection made from
larix kaempferi were greater than those of dovetail
connection made from pinus koraiensis. Maximum
displacement and yield displacement of dovetail
connection did not depend upon wood species. Yield load
of dovetail connection made from larix kaempferi was
greater than that of dovetail connection made from pinus
koraiensis.

Table 1: structural performance of different wood species and
sizes in dovetail connection analyzed using ASTM E 2126(2011),
Yasumura and Kawai(1997) and EN 12512(2005)

Load (kN)

3.4 TENSILE PROPERTIES OF DOVETAIL
CONNECTION EVALUATED USING ASTM E
2126 (2011), YASUMURA AND KAWAI (1997),
AND EN 12512 (2005)
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Figure 11: load-displacement curves of dovetail connection
made from different wood species and sizes

3.5 FAILURE BEHAVIORS OF DOVETAIL
CONNECTION
Figure 12 showed failure behaviours of dovetail
connection. Three representative failure behaviours were
observed, mode 1:split at the corner of the mortise, mode
2: split at the tenon, mode 3: split at the head of the
mortise. While failure behaviour of dovetail connection
was not dependent on size, failure behaviour of dovetail
connection was dependent on wood species. The failure
behaviour of split at the head of the mortise occurred only
in the dovetail connection made from pinus koraiensis.
Although the mixed failure behaviours occurred, split at
the corner of the mortise always occurred, regardless of
size and wood species. Therefore, the most critical failure
mode determining the maximum load carrying capacity of
dovetail connection was split at the corner of the mortise
(Table 2).

3.6 STRESS DISTRIBUTIONS OF DOVETAIL
CONNECTION UNDER TENSION
Figure 13 shows stress x distribution of dovetail
connection made from larix kaempferi and pinus
koraiensis. The x-direction is the longitudinal direction.
For the larix kaempferi and pinus koraiensis dovetail
connection, the highest stress x occurred at the re-entrant
corner of the mortise. Only 120 by 120 mm dovetail
connection made from larix kaempferi showed that the
highest stress x occurred at the both side of the tenon neck.
The maximum stress x value of dovetail connection made
from larix kaempferi ranged from 10.50 MPa to 13.09
MPa. The maximum stress x value of dovetail connection
made from pinus koraiensis ranged from 19.57 MPa to
25.58 MPa.

(a) larix kaempferi 120×120mm

(b) pinus koraiensis 120×120mm

(c) larix kaempferi 180×180mm

mode 2. Split at
the tenon

mode 1. Split at
the corner of the
mortise

mode 3. Split at
the head of the
mortise

Figure 12: Failure modes of dovetail connection

(d) pinus koraiensis 180×180mm

Table 2: Failure mode ratio of dovetail connection from
different wood species and sizes
Mode1

Mode2

Mode3

Split mortise

Split tenon

Split head of
mortise

larix
kaempfer

1001,1002,1003

331,02,1003

01,02,03

pinus
koraiensi

1001,1002,1003

331,02,1003

661,02,1003

Species

1120×120 2180×180 3180×240

Figure 13: Stress x distribution of dovetail connection from
different wood species and sizes

Figure 14 shows stress y distributions of dovetail
connection made from larix kaempferi and pinus
koraiensis under tension. The y direction is perpendicular
to the grain. Regardless of size and species, the maximum
stress y occurred at the re-entrant corner of the mortise.
The magnitude of stress y increased as size increased. The
stress y value of dovetail connection made from larix
kaempferi ranged from 2.28 MPa to 2.87 MPa. The stress
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y value of dovetail connection made from pinus
koraiensis ranged from 1.90 MPa to 2.36 MPa.

(b) pinus koraiensis 120×120mm

(a) larix kaempferi 120×120mm

(c) larix kaempferi 180×180mm

(b) pinus koraiensis 120×120mm

(d) pinus koraiensis 180×180mm

(c) larix kaempferi 180×180mm

(d) pinus koraiensis 180×180mm
Figure 14: Stress y distribution of dovetail connection from
different wood species and sizes

Figure 15 shows shear stress xy distributions of dovetail
connection made from different size and wood species.
For larix kaempferi dovetail connection, the highest shear
stress xy occurred at the side of the tenon. For pinus
koraiensis dovetail connection, the highest shear stress xy
occurred at the re-entrant corner of the mortise. The
magnitude of shear stress xy increased as the size
increased, regardless of wood species. The shear stress xy
of dovetail connection made from larix kaempferi ranged
from 3.05 MPa to 3.25 MPa. The shear stress xy of
dovetail connection made from pinus koraiensis ranged
from 5.57 MPa to 6.86 MPa.

(a) larix kaempferi 120×120mm

Figure 15: Shear stress xy distribution of dovetail connection
from different wood species and sizes

From the stress distributions and magnitude of stress
value, FEM models indicated the place where the failure
occurred. Failure would occur at the re-entrant corner of
the mortise, which was identical to the failure observed
from experimental test.
Considering the strength in the tension parallel to the grain
and the strength of the tension perpendicular to the grain
and shear strength for larix kaempferi and pinus
koraiensis, the critical stress influenced the failure of
dovetail connection would be stress y and shear stress xy.
With the combination of stress y and shear stress xy, the
load carrying capacity of dovetail connection made from
different size and wood species was predicted.
Table 3 showed the comparison of the load carrying
capacity of dovetail connection from experimental test
and FEM. The difference of the load carrying capacity
made from larix kaempferi between experimental test and
FEM ranged from 0.80 % to 7.68 %. The difference of the
load carrying capacity made from pinus koraiensis
between experimental test and FEM ranged from 1.02 %
to 14.56 %. It can be speculated that higher difference of
load carrying capacity between experimental test and
FEM could be the fact that FEM model used average
elastic modulus and strength values, whereas the material
used for dovetail connection had variability in material
properties.
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Table 3: Difference of load carrying capacity of dovetail
connection made from different size and wood species evaluated
from experimental test (EXP) and FEM

Size
120×120
180×180
180×240

larix kaempferi
(kN)
EXP
14.95
(0.06)
35.29
(0.10)
45.33
(0.14)

FEM
14.83
33.04
48.81

pinus koraiensis
(kN)
EXP
11.22
(0.10)
20.52
(0.18)
32.35
(0.15)

Difference (%)

FEM

larix
kaempferi

pinus
koraiensis

11.52

0.80

-2.67

20.73

6.38

-1.02

27.64

-7.68

14.56

4 CONCLUSIONS
In this study, to analyse the effect of moisture content on
structural behaviour of dovetail connection made from
different size and species, dimensional changes and
structural performance of 120 by 120, 180 by 180, 180 by
240 mm dovetail connection made from larix kaempferi
and pinus koraiensis were analysed. Dimensional changes
of different sizes of dovetail connections made from two
species were measured for 90 days. In general, the actual
dimensional change of the member width and depth
increased with an increment of size, whereas the
dimensional change of the geometric variables decreased
with an increment of size. Swelling of member dimension
and tenon head width and length of dovetail connection
decreased with an increment of size.
Tensile properties of dovetail connection made from
different size and species were determined using ASTM
E 2126 (2011), Yasumura and Kawai (1997), and EN
12512 (2005). The maximum load, initial stiffness, yield
load increased with an increment of size. However,
ductility ratio and yield displacement did not show a
consistent trend with the size.
The failure behaviour from experimental test showed that
the most critical failure of dovetail connection after the
immersion would be the split at the re-entrant corner of
the mortise. FEM model predicted failure behaviour and
load carrying capacity agreed with experimental test. The
difference of the load carrying capacity of dovetail
connection made from larix kaempferi and pinus
koraiensis between experimental test and FEM ranged
from 1.02 % to 27.64%.
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INVESTIGATION OF THREAD CONFIGURATION OF SELF TAPPING
SCREWS AS REINFORCEMENT FOR DOWEL TYPE CONNECTION
Con

han 1, W n Shao Chan 2, Ri hard Harris3

ABSTRACT: Screw reinforcement has been applied to dowel-type connections to enhance the mechanical properties
of timber as well as to reduce the risk of splitting. Studies have shown improvement in the load-carrying capacity of
dowel type connections which are reinforced using self-tapping screws. However, there are many variations in forms of
screw; the pilot tests for this study have shown that thread configuration can affect the effectiveness of reinforcement.
Based on current knowledge, it is difficult to predict which forms of thread are more suitable and effective for
reinforcement in dowel-type connections. In this paper, embedment tests have been carried out to investigate the
influence of thread configurations on the performance of self-tapping screws as reinforcement. Further tests were
performed to investigate whether the effect identified from the embedment tests can be applied to connections in
tension. It was found that thread configuration can influence the effectiveness of screw reinforcement.
KEYWORDS: Self-tapping screw, Thread configuration, Dowel-type connection

1 INTRODUCTION 123
Dowel-type connection has been widely used in largescale structures. The connections are often the weakest
point of the structures which lead to over design of the
rest of the structural components. Therefore, there are a
number of ways of reinforcement to improve the
efficiency of timber connections. Studies [1,2] reported
that GFRPs improved the tensile strength and ductility of
bolted connections when loaded parallel to the grain. In
addition, alternative methods such as using glued-on
wood-based panels and punched metal plates are
summarised by Blass and Schadle [3].

ductility, were greatly enhanced when the screw was
placed in contact with the dowel [5]. Blass and Schadle
explained that placing the screw reinforcement in contact
with the dowel can increase the embedment capacity
which then increases the load-carrying capacity [3]. For
the case when screws were placed at half fastener
spacing from the dowel, Blass and Schadle reported that
using two screws per dowel and shear plane showed
higher load-carrying capacity and ductility than those
reinforced by one screw and the unreinforced group as
can be seen in Figure 1.

Using self-tapping screws has shown the potential to
reinforce the timber perpendicular to the grain and
prevent splitting around dowels. Installing self-tapping
screws perpendicular to both the grain and the fasteners
will allow tensile stresses to be sustained by the screw
and thereby enhance the local tensile strength.
Blass and Schmid placed screws at half fastener spacing
from the reinforced dowel and had significantly
improved the ductility of the connection [4]. In addition,
Bejtka and Blass reported that the mechanical
performance, connection load-carrying capacity and
1
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Wen-Shao Chang, University of Bath, UK,
w.chang3@bath.ac.uk
3
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Figure 1: Connection results o unrein orce
rein orce ith one scre per o el per shear plane
an rein orce ith t o scre s per o el per shear plane
ource lass an cha le

,
-

Furthermore, different measures to reinforce the bolted
round wood joints have been carried and Lokaj and
Klajmonova found that wood screw reinforcement
(placed not in contact with the bolt) appeared to be the
most effective way when compared against other forms
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of reinforcement such as steel plates [6]. Apart from the
increase in load-carrying capacity, Lokaj and
Klajmonova also summarised self-tapping screws have
other advantages such as simplicity and low cost.
As the effectiveness of screw reinforcement is
implemented by the bond between the thread and wood,
changing the thread configuration has the potential to
influence the reinforcement effectiveness. Only limited
studies have focused on the influence of thread
configuration and thread pattern. More importantly, fully
threaded screws which are commonly used by previous
studies will sustain the high frictional force produced
during the installation process and is more likely to
break than partially threaded screws. The fully threaded
screws are also more difficult to drive-in as the required
torque could exceed the power of the screw driver. These
create a barrier for fully threaded screws to be used in
practical situations where long screws are required.
Crook exemplified the screws with pitch lengths
between 3.2 to 6.4mm (equivalent to 4 to 8 threads per
inch) and pointed out that when inserting the screws into
the wood, a screw with finer pitch would break more
wood fibres and therefore reduces the withdraw capacity
of the screw [7]. Mastschuch extended the pitch lengths
by comparing the load carry capacity of timber
connections reinforced by the fully threaded rods with a
diameter of 15.9mm (equivalent to 5/8 inch), with a
pitch length of 1.8 and 4mm [8]. The results showed that
the threaded rod with diameter of 4mm modestly
improved the load-carrying capacity of the connection
whilst the load-carrying capacity of connections with
1.8mm threaded rods remained the same. It was
observed that the connections reinforced by the threaded
rods with 4mm pitch length exhibited better ductility
Mastschuch also investigated the locations where screws
were inserted and how the efficiency of the
reinforcement would be affected. It appeared that the
locations of the screw reinforcement did not contribute
significantly in enhancement of strength albeit the
ductility of the connection has shown marginal
improvement.
Currently, there are many different forms of self-tapping
screws as can be seen in Figure 2. Theses variations in
forms are mainly the thread configuration and thread
pattern. The thread configuration refers to different
thread length and location on the screw. The thread
pattern represents the pitch length, the thread depth, the
thread angle and the crest width.

Figure 2: i erent orms o sel -tapping scre s, the one on the
le t is a tra itional oo scre or comparison ource
ietsch an ran ner

Due to a lack of understanding of the influence of thread
on reinforcement performance, it is difficult to decide
which configurations and patterns of thread to be used in
a certain situation. The aim of this study is to understand
the impact of thread configurations and how will this
reinforcing efficiency in consequence influence the
mechanical properties in a dowel-type connection.

2 METHODOLOGY
2.1 EMBEDMENT TEST
The aim of this series of tests is to quantify how thread
configurations and positions will influence the
embedment strength of timber. The embedment strength
is one of the key parameters to assess the load-carrying
capacity of dowel-type connections. Studies have
concluded that the use of screw in timber perpendicular
to the grain would increase the embedment capacity [3].
2.1.1 Mat rial r

aration

Figure 3: lange hea partially threa e sel -tapping scre
use in this stu y

C24 European Whitewood was used for the tests. The
self-tapping screws used are shown in Figure 3. To
fabricate screws with different thread configuration, in
some screws part of the threads were removed and
polished by grinding machine, e.g. the screw without
thread in Figure 4. This method not only provides the
variation in thread configuration but also ensures the
consistency of material properties.

WCTE 2016 e-book | 1442

Figure 4: riginal scre
ottom

top an scre

ithout threa

2.1.2 Em dm nt t st s t u

Figure 5: m e ment test set-up

The test setup and specimen preparation followed the
European standard [10]. The test configuration is shown
in Figure 5 and 6, respectively. A 2.5mm diameter guide
hole was drilled at the reinforcement’s location before
the screws were driven in. Figure 7 shows the screws
with different thread configurations.

The load was applied to the specimen parallel to the
grain through a 20mm diameter steel dowel and the
displacement rate was set to be 2mm/min. The
magnitude of load and displacement were recorded by
the load cell. At the beginning of each test, a pre-load
was performed according to BS EN 383 [10]. After
failure of the specimen, the loading was stopped when a
20% drop from the maximum load was observed.
The tested groups with various reinforcement
configurations for embedment tests are summarised in
Table 1. Comparison between group U and N are
designed to examine the effectiveness of reinforcement
using a nail which has no thread at all. By comparing
group N and S, the effectiveness of the existence of
thread can be demonstrated. For group B and D, having
one third of thread on different locations, comparing
their result will establish an understanding of the
effectiveness of thread at different locations. Group TTS
has screws with two thread segments on the two ends.
By comparing the results among BS, DS and TTS, the
effectiveness of thread at different location can be
further understood. For instance, the comparison
between TTS and BS will demonstrate the effectiveness
of the thread on the head end. The study is also focused
on the distance of the reinforcement to the dowel and
this is achieved by comparing group S with group E
which has screws placed in contact with the dowel.
Groups FS and GS have different threaded lengths on the
screw. Specimens for these groups and a reference
unreinforced group, U new, were prepared from another
batch of timber. The comparison among U new, FS and
GS will continue to build the understanding of how
thread length can influence the effectiveness of
reinforcement.

Figure 6: m e ment test specimen

Table 1:

etails or groups in the em e ment test

Group

Description

Screw to
dowel
distance

No. of
specimens

Mean density (kg/m3) /
CoV

Mean M.C.% / CoV

U
N
S
BS
DS
ES
U new
FS
GS
TTS

No reinforcement
0% thread
100% thread
33% thread on the pin end
33% thread on the head end
100% thread
No reinforcement
lthread/leff=0.15 on the pin end
lthread/leff=0.35 on the pin end
66% thread, two thread

N/A
1d
1d
1d
1d
0.5d
N/A
1d
1d
1d

15
15
15
15
15
15
15
15
15
15

452 (9%)
461 (8%)
453 (6%)
459 (5%)
456 (9%)
452 (8%)
475 (7%)
474 (7%)
478 (8%)
459 (9%)

9.6 (20%)
8.6 (21%)
8.6 (18%)
9.2 (20%)
9.8 (14%)
9.5 (15%)
10.0 (3%)
10.4 (2%)
10.4 (2%)
9.3 (18%)
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2.2 CONNECTION TEST
In the above embedment test, thread configuration was
found to affect the performance of reinforcement in
enhancing embedment strength. It was assumed that this
influence can be displayed on reinforced connections.
Therefore, it was decided to carry out connection tests
and compare the results with the outcomes from the
embedment test. The materials used for this test are the
same as those prepared in the embedment test.

Figure 7: repare scre s ith i erent threa length

2.2.1 Conn tion t nsil t st s t u
This part of the test examines the influence of screw
threads on the load-carrying capacity of timber-steeltimber connections under tensile load. It involves testing
unreinforced and reinforced specimens using two types
of thread configuration, see Table 2.

Table 2: ummary o connection test groups
UC
Reinforcement description
Reinforcement to dowel distance
No. of test
Mean density (kg/m3)/ CoV
Mean M.C.% / CoV

There is no guidance for a connection tensile test parallel
to the grain. Therefore, the specimen dimensions were
designed according to Eurocode 5 [11]. The layout of the
specimen is shown in Figure 8 (left and middle).
The specimen is symmetric along its horizontal axis
where the upper half is identical to the lower part except
that the lower part is further reinforced with one more
steel plate on each timber member. This will control the
failure occurred at the upper part.

Unreinforced
N/A
10
459 (13%)
10.7 (10%)

SFC
Screw with 100%
thread (S)
1d
10
475 (13%)
11.2 (12%)

SPC
Screw with 33% thread
on the pin end (BS)
1d
10
476 (12%)
11.0 (12%)

loaded parallel to the grain in tension with a constant
displacement rate of 2mm/min. The load was then
recorded by the load cell and the displacement of the
connection was obtained by placing a LVDT unit to one
of the timber members, as shown in Figure 8 (right).
This gave the relative displacement of the timber to the
loading head. The tests were stopped after a 20% load
drop from the maximum load had been observed.

3 RESULTS AND DISCUSSION
3.1 EMBEDMENT TEST

Figure 8: Connection test specimen le t , imensions or the
specimen mi le an installation o
unit on specimen
right

The loading procedure was the same as for the
embedment test and with a preload. The specimens were

Figure 9: Camera capture crack propagation on the sur ace
o an unrein orce specimen le t an aile specimen in the
em e ment test right

In the embedment test, splitting failure occurred to all of
the specimens. In most cases, it was observed that cracks
were located at the middle axis of the specimen, as can
be seen in Figure 9 (right). Screw head embedding into
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the wood was observed for groups with thread on the pin
end, as shown in Figure 10.

Figure 10: ample o em e ment o scre hea
rom
group a ter test

specimens

After the test, the specimens were cut to investigate the
deformation of the screws. In Figure 11, it was observed
that for specimens with thread located on the pin end,
there was a trend for the screw to display a higher
deformation together with a noticeable embedment of
screw head into the wood. The embedment of screw
head was a result of high pull-through resistance.
However, with no thread on the pin end, the screws
tended to show less deformation.
Figure 11: pecimens rom each rein orce group a ter
em e ment test high le el o e ormation o scre an
em e ment o scre hea can e seen in groups , , ,
an

There are various methods to compare the means
between groups. As is known, density and moisture
content will have a great influence on embedment
strength. In statistics, these parameters are known as
covariates which correlate to the outcome variable, in
this case, the embedment strength. Therefore, to remove
the influence of other factors, ANCOVA (Analysis of
Covariance) on IBM SPSS (ver. 22) was used for both
embedment and connection tests.
Table 3: Results o em e ment strength analyse

y

Table 3 presents the adjusted mean value and the
enhancement ratio of each reinforced group compared to
the unreinforced group.

C

U

N

S

BS

DS

ES

TTS

U new

FS

GS

Mean embedment
strength adjusted by
ANCOVA (N/mm2)

31.05

32.15

35.6

35.48

32.22

37.53

35.31

32.21

33.38

34.10

Enhancement ratio

1.00

1.04

1.15

1.14

1.03

1.21

1.17

1.00

1.04

1.06

Table 4:

U
N
S
BS
DS
ES
TTS
ig

C

pair ise comparison or em e ment test

roups , , ,

,

,

an

U

N

S

BS

DS

ES

0.481
0.004*
0.005*
0.452
0.000*
0.001*

0.028*
0.034*
0.963
0.001*
0.009*

0.935
0.031*
0.216
0.652

0.038*
0.188
0.594

0.001*
0.010*

0.431

in icates a signi icant i erence et een the t o groups

TTS
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Table 5:

U
FS
GS
ig

C

pair ise comparison or em e ment test

roups

ne ,

an

U new

FS

0.159
0.028*

0.384

GS

in icates a signi icant i erence et een the t o groups

To identify the difference in effectiveness between each
group, ANCOVA pairwise comparison, shown in Table
4 and 5, was used to determine whether the difference is
significant.
Results show that the difference between unreinforced
group (U) and specimen reinforced by screw without
thread (N) is insignificant. Comparison between S and N
group showed that specimen reinforced by screw with
complete thread achieved significantly higher
embedment strength than those reinforced by screws
without threads. This means the effectiveness of a nail as
reinforcement is limited and the importance of having
thread on the screw. By comparing BS and DS groups,
with the same amount of thread length, the mean
embedment strength of BS with thread on the pin end is
significantly higher than that of the DS. It indicates that
thread on the pin end is more effective. In addition, the
BS group has significantly higher embedment strength
than that of the unreinforced group. This further
confirms that thread on the pin end plays an important
role in reinforcement. However, the DS group with the
same amount of thread located on the head end shows no
significant improvement when compared with the
unreinforced group. This means the thread on the head
end is unable to significantly improve the embedment
strength of timber. Moreover, with an extra 33% of
thread on the head end, the TTS group displays no
significant difference to the BS group but shows
significant difference to the DS group. It again proves
the importance of thread on the pin end and the less
effectiveness of the thread on the head end. With the
screw placed closer to the dowel, the ES group has a
higher mean embedment strength than the S group, but
the difference between them is still not significant.
In Table 5, groups FS and GS have different thread
length, while ANCOVA shows no significant difference
between them. However, with a longer threaded part on
the pin end, the embedment strength of GS is
significantly higher than that of the unreinforced group.
The improvement of FS group over the unreinforced
group (U new) is less significant. It indicates that the
thread length can influence the effectiveness of
reinforcement.
In the embedment test, it was found that thread located
on the pin end is key to achieving the purpose of
reinforcement. The corresponding embedment strength
in such specimens was significantly higher than in those
reinforced by screws without thread on the pin end. No
substantial increase in strength was found for specimen
having an additional amount of thread on the head end

(group TTS), which implies that part of the thread is
redundant or less effective in improving embedment
strength. In addition, comparison between different
screw to dowel distances (0.5d and 1d) did not
demonstrate a significant difference, but a higher value
of mean strength was observed in the ES group that had
the screws placed in contact with the dowel. A possible
reason is that the difference between the two distances is
not sufficient to display a significant difference in
ANCOVA.
Based on test results and observation, reinforcement is
effective when both friction at the pin end and pullthrough resistance of screw head are present. This is
further demonstrated in Figure 12 where the threaded
part located on the pin end is thought to form a bond to
the wood and restrain crack propagation. With reduced
splitting tendency, the bending strength of the screw can
be utilised before failure of timber, and this can result in
higher embedment strength. In fact, a screw is unable to
restrain crack if the thread on the pin end is absent, and
therefore unable to utilise its mechanical properties
during the embedment test. Lower embedment strength
had been shown in such groups.

Figure 12: n in ication o threa length an e ecti e length
on a scre relating to the crack position

It is therefore hypothesised that a relationship exists
between enhancement ratio (reinforced/unreinforced)
and the ratio of lthread/leff. The leff, is the length from the
tip of the screw to the potential location of the crack, and
lthread is the thread length on the effective part, as shown
in Figure 12. The hypothesis is based on the assumption
that the location of crack appears at the middle axis of
the specimen. This idea was investigated by introducing
groups FS (lthread/leff=0.15) and GS (lthread/leff=0.35). In
Figure 13, the enhancement ratio of embedment strength
against lthread/leff was plotted.
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Figure 13: he relationship et een enhancement ratio an threa length o er e ecti e length ratio the position o the ata points
are jittere to a oi o erlapping

The two linear regression lines in Figure 13 shows the
embedment strength first rises with increasing thread
length, then at a ratio around 0.6, the enhancement starts
to flatten. Due to the limitation of test groups, it is
difficult to conclude that 0.6 is the turning point and
further tests with various lthread/leff ratios are required to
understand this relationship.
3.2 CONNECTION TEST
In the connection test, splitting failure was observed to
all specimens and the failure was controlled to the upper
part of the specimen, as shown in Figure 14. After
splitting occurred, the load dropped dramatically for the
unreinforced group, while specimens in the two
reinforced groups failed in a more ductile way with a
gradual reduction of load. For most of the reinforced
groups, the screw heads slightly embedded into the
wood.

Figure 14: im er mem ers o connection specimen a ter
ailure sho ing e ormation o scre
op scre
ith
complete threa
C ottom scre
ith
o threa on
the pin en
C

The load-carrying capacity of connections and the mean
capacity adjusted by ANCOVA for each group are
presented in Table 6. It can be found that screw
reinforcement enhanced the load-carrying capacity by at
least 12.3%.
Table 6: Results o
C

Mean load-carrying
capacity adjusted by
ANCOVA (kN)

loa -carrying capacity a juste

UC

SFC

SPC

91.65

104.00

102.99

Table 7: air ise comparison pro uce
connection test
UC
SFC
SPC
ig
groups

y

UC

y
SFC

C

or
SPC

0.025*
0.040*
0.847
in icates a signi icant i erence et een the t o

Table 7 shows that the load-carrying capacity was
significantly improved in the two reinforced groups
(SFC and SPC) when compared to the unreinforced
group (UC). The load-carrying capacity between the
reinforced groups does not differ significantly. It shows
good agreement with the results from embedment tests
for the comparison between groups S and BS. Figure 15
shows that both reinforced specimens increased the loadcarrying capacity and ductility compared to the
unreinforced connection.
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Figure 16: ailure mo es or steel-to-tim er connections that
has a steel plate o any thickness as the central mem er o a
ou le shear connection ource
- 𝑓ℎ,1,𝑘 𝑡1 𝑑
Figure 15: n e ample o the loa - isplacement cur e rom
connection test

The connection tests confirmed that the thread on the pin
end is key to maintaining the effectiveness of
reinforcement. The improvement on load-carrying
capacity using self-tapping screws also corresponds well
to the findings from [4].
Currently, the equations for finding the capacity of
screw-reinforced connections are not yet included in
Eurocode 5. Embedment strength, fh, as one of the
parameters used in EYM is key to developing such
equations. In accordance with BS EN 14358:2006, the
respective characteristic values of the embedment
strength (found in the embedment test) and of the loadcarrying capacity (found in the connection test) were
calculated and shown in Table 8 [12]. The load-carrying
capacity for steel-to-timber connections are calculated
using Equation (1) given in Eurocode 5 where Figure 16
shows the three failure modes for such connection:

𝑓ℎ,1,𝑘 𝑡1 𝑑 [√2 +

𝐹𝑣,𝑅𝑘 = 𝑚𝑖𝑛

(𝑓)
4𝑀𝑦,𝑅𝑘
𝑓ℎ,1,𝑘 𝑑𝑡12

{2.3√𝑀𝑦,𝑅𝑘 𝑓ℎ,1,𝑘 𝑑 +

− 1] +

𝐹𝑎𝑥,𝑅𝑘
4

𝐹𝑎𝑥,𝑅𝑘
4

(𝑔) (1)
(ℎ)

Where Fv,Rk = characteristic load-carrying capacity per
shear plane per fastener, fh,1,k = characteristic embedment
strength in the timber member, t1 = smaller of the
thickness of the timber side member or the penetration
depth, d = fastener diameter, My,Rk = characteristic
fastener yield moment and Fax,Rk = characteristic
withdrawal capacity of the fastener.
The calculated characteristic embedment strength of the
reinforced specimen was substituted into Equation (1) to
replace the fh,1,k in the equation and found to be lower
than the characteristic value from the connection test
results. This implies the possibility of developing a
method to predict the load-carrying capacity of screwreinforced connections.

Table 8: ho ing calculate characteristic em e ment strength ith minimum, characteristic an calculate loa -carrying capacity

Characteristic embedment strength from sample

(N/mm2)

Characteristic load-carrying capacity of connection test
(kN)
Connection load-carrying capacity estimated by using the
characteristic value of embedment test (kN)

Previous studies such as [5] did not make use of
ANCOVA in order to include the influence of density,
and consequently their results were scattered due to the
differences in density. In this study, the influence of
density was taken into consideration by ANCOVA, thus
giving a more reliable comparison between group means.

4 CONCLUSION
To summarise, the embedment tests showed that thread
location and thread length can greatly influence the
effectiveness of self-tapping screws as reinforcement. It

U

S

BS

24.35

27.40

27.54

UC

SFC

SPC

66.51

77.87

77.49

65.49

70.52

70.75

was identified that the thread on the pin end is the most
active part along the screw. Test results also suggest a
relationship between enhancement ratio and the thread
length on the effective part. ANCOVA cannot identify
the significant influence of screw to dowel distance,
though a higher average strength was achieved by
placing the screws closer to the dowel.
The connection tensile test showed good agreement with
the embedment tests. It confirmed that the improvement
of load-carrying capacity using self-tapping screws and
thread on the pin end plays a key role in reinforcing
connections.
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In this study, embedment and connection tests show that
thread configuration can affect the reinforcement and
that thread on the pin end is the most effective part to
improve embedment strength and prevent splitting.
Future work will outlook the influence of thread pattern
on reinforcing embedment strength and connection.
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EXPERIMENTAL STUDY OF THE BOLTED CONNECTION OF A
BAMBOO COMPOSITE I SHAPED BEAM SUBJECTED TO BENDING
H rnan Castan da1, Si ridur Bjarnadottir2
ABSTRACT: Sustainable development has become in the last decades a key in societal progression, reducing the
consumption of energy and natural resources and environmental impacts. Bamboo, a natural resource, has been used as
a general building material in Asia and South America, because it grows rapidly and has excellent mechanical
properties. This paper introduces a new type of structural composite I-shaped beam made of bamboo. The main purpose
of this research is to test different configurations of bolted connections in order to create a stiffer and safer beam for
further applications. Four different configurations of connections are proposed and subjected to a four point flexural
test. The results showed excellent ductility within the composite I-shaped beam. The findings of this paper is a first step
in the process of considering and validating composite bamboo I-shaped beams as a primary construction material in
structures.

KEYWORDS: Sustainable, Green Buildings, Laminated Bamboo, Connections, Bamboo Structures, Bamboo Beam

1 INTRODUCTION 123
Societal progression and development results in a high
consumption of resources. Building materials such as
steel and concrete are the primary basis in many
structures due to their extraordinary properties, including
strength, availability, and cost. However, their
production process demands a high consumption of
energy, natural resources, and causes potentially high
environmental contamination. Sustainable development
has become prevalent, attempting to identify different
alternatives of construction materials based on the
recycle or reuse of products, or the use of renewable
resources [1]. Some examples of sustainable
development include recycled materials used as
aggregates for concrete, fly ash used as cement, and
wood structures [2]. In addition, sustainable
development could have a big impact on traditional
structural materials, reducing or replacing steel,
concrete, and timber as primary materials in structures
[3].
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Bamboo, a natural and renewable resource, has been
used for decades in some countries as a general
construction material and is expected to become one of
the solutions for sustainable structure materials.
Countries in Asia and South America have used bamboo
in structures such as rural houses, bridges, and water
channels for irrigation systems. Bamboo is a fast
growing renewable natural resource; harvested at the age
of 4-5 years and then regrown. Some studies [4, 5, 6]
showed that bamboo has excellent mechanical
properties. However, more research and validated data is
needed for bamboo to be considered a primary material
of construction worldwide [3]. For example, in the
United States (U.S.), although bamboo is not recognized
as principal building material due to the lack of research
and testing, it is widely used as a non-structural material
for floors, furniture and fences [7].
Bamboo being a natural cylindrical tube has its
advantages and disadvantages. For example, it is
effective for flexural and torsional applications due to its
large ratio of moment of inertia to cross sectional area
[7], however, problems arise due to the highly variable
nature of the material. However, bamboo can be easily
processed with low energy consumption and low
environmental impact [1]. A new alternative of bamboo
was developed by different industries in China.
Laminated bamboo, or “Glubam” (Glued Bamboo), is
considered the first step in studying bamboo as a primary
structural building material. Laminated bamboo consists
of gluing bamboo strips in the longitudinal and
transverse directions to form rectangular sections that are
more suitable for use in traditional structural applications
[8], as shown in Figure 1.
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2 BAMBOO: GUADUA ANGUSTIFOLIA
KUNTH

Figure 1: rocess o

aminate

am oo

The lamination process increases the mechanical
properties and physical properties of the bamboo,
making it a potential structural material that could
replace steel and concrete in certain applications.
Different studies [9, 10] evaluated the mechanical
properties of laminated bamboo using different species
of bamboo in its manufacturing process. The studies
showed that laminated bamboo has greater mechanical
properties than raw bamboo and is very competitive with
other laminated woods such as laminated veneer lumber
(LVL), parallel strand lumber (PSL), and plywood,
demonstrating that the laminated bamboo could be a
potential primary building material [11].
In a notable study, Xiao, Zhou, and Shan [3] designed
and constructed a single lane roadway bridge using
laminated bamboo. The bridge showed satisfactory
performance considering midspan deflection. In 2013,
Wu [7] analyzed the bending capacity of a bamboo
composite I-shaped beam. The composite I-shaped beam
consisted of three laminated bamboo rectangular sections
that were connected using bolts and epoxy glue along the
joint between flanges and web for the span of the beam.
The results showed that the bamboo composite I-shaped
beam has excellent bending capacity and also excellent
ductility due to the natural ductility of the bamboo [7,
12]. However, the study showed tearing failure near the
bolted connections.
As laminated bamboo is used more for different
structural applications, the structural connections will
become a major area of concern. Structural connections
play a critical role in design because they provide
stability and transmit forces or moment in the structure.
Studying and understanding the behavior of the
connections in bamboo structures is necessary if bamboo
is to become an alternative to other primary structural
building materials [11]. Oka et al. [13] evaluated the
effects of the distance between bolts on the flexural
behavior of a bolt-laminated bamboo beam. The results
showed that the strength and bending stiffness are
inversely proportional to the bolt distance. Ramirez et
al. [11] evaluated the dowel-bearing strength capacity of
laminated bamboo and found that dowel-bearing strength
is inversely proportional to the fastener diameter.
The purpose of this paper is aimed at finding the most
optimal configurations of bolted connections in order to
create a composite bamboo I-shaped beam for further
applications as a bridge element. Four composite
bamboo I-shaped beams were formed using three
laminated bamboo sections. A four point concentrated
loading method was used to evaluate the different
configurations under flexure. The results of this paper
are a step in developing the basis for designing new
sustainable structural members.

Guadua angusti olia unth is a species of bamboo that
grows naturally in some countries of Central and South
America. Guadua is natural composite of fibers and
parenchyma. The Guadua bamboo culms are 5 to 25 cm
in diameter, 18 to 20 m high, with a 0.8 to 2.0 cm thick
wall. The diameter and thickness are inversely
proportional to the height, while the density and fiber
concentration are directly proportional to the height [14].
Figure 2 shows the distribution of the fibers in the cross
section of the culm.
V ss l
Fi

rs

Par n hyma

Figure 2: ascular un le.

Bamboo has two principal material directions: parallel to
the grain and perpendicular to the grain. Several studies
[14] evaluated the tensile and compressive strength
parallel to grain. The results showed an average of 87
MPa and 62 MPa, respectively. On the other hand, the
tensile and compressive strength perpendicular to the
grain were low.

3 PRODUCTION OF GLUED
LAMINATED GUADUA BAMBOO
GLGB
The production of the glued laminated Guadua Bamboo
begins with the harvesting of 4 to 5 year old Guadua
angusti olia unth (See Figure 3 (a)) The culms are
chopped into straight pieces, or strips, and manufactured
(See Figure 3 (b), (c)).
First, the strips are polished and cut to a consistent
length of 2.5 m. Then, the bamboo strips are heated to
temperature of 150°C under 0.4 MPa pressure in an
autoclave to sterilize the material. The bamboo strips are
removed from the autoclave and dried in an oven until
they reach an internal moisture content of 14%. Once the
bamboo strips are dried, they are polished again to
ensure uniformity (See Figure 3 (d)). At this point, the
bamboo strips are sewn together with a thread that
prevents the strips from moving, creating a sheet of
bamboo strips (See Figure 3 (e)). Finally, the strip sheet
is trimmed. The result is called Guadua laminae. The
Guadua laminae is then coated with an adhesive resin
along the narrow faces and stacked to form Guadua
laminae sheets. Once the adhesive has cured, the Guadua
laminae sheets are glued together at the wide faces to
form boards, or glued laminated Guadua Bamboo
(GLGB) (See Figure 3 (f)).
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4.2 TEST BEAM DESIGN

(f)
Figure 3: rocess o
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4 TEST PROCEDURE AND SPECIMENS
A total of four beams were constructed and then tested
under flexural behavior. Each beam has a different
configuration of bolted connections. The purpose of
study is to examine the influence of the steel on the
mechanical properties of bamboo I-shape beam.
Composite bamboo-steel is a structural system that
combines thin walls of steel with manufactured bamboo
through bolted connections, nails, adhesives, or
combination of all three [15]. The main objective for
bamboo-steel composite members is to utilize the
mechanical properties of the steel to enhance the
mechanical properties of the bamboo. This new
structural system creates different cross sections and
optimizes the amount of material used.

Four beams were analysed with different bolt
configurations. The composite I-shaped bamboo beams
were tested as simply supported beams as shown in
Figure 4. The beams were 2.44 m long, 0.2 m wide, and
0.33 m deep. Both flanges and web were 15 mm thick.
The I-shaped bamboo beam components were connected
with steel angles and mechanical bolts. The contact area
between flanges and web were supplemented with a
structural adhesive as shown in Figure 4. The four bolted
connections varied as follows:
1) Beam 1: Beam bolted at each end and at midspan.
Steel angle only at the bolts.
2) Beam 2: Beam bolted at each end and at quarter
points. Steel angle only at the bolts.
3) Beam 3: Beam bolted at each end and one eighth
points. Steel angle only at the bolts.
4) Beam 4: Beam bolted at each end and one eighth
points. Steel angle along the entire span of the beam.
Beam 4 varies significantly from the other beams as it is
the only beam built with a steel angel spanning the entire
beam span.

4.1 TEST MATERIALS
The GLGB was manufactured by Velez & Villegas
Laminated Guadua factory (Chinchina, Caldas,
Colombia). The flanges and the web of the I-shaped
beam were laminated Guadua angusti olia bamboo
plates. The plates for both flanges were 2,440 mm long,
200 mm wide, and 15 mm thick. The plate for the web
was, 2,440 mm long, 300 mm wide, and 15 mm thick.
Laminated bamboo has two principal material directions:
parallel to the grain and perpendicular to the grain, due
to these alignments bamboo is considered anisotropic
material. The tensile and compressive strength for
GLGB are 90 MPa and 77MPa respectively [16].
The connecting steel angle was A36, with a tensile
strength of 250 MPa. The dimensions for the connecting
angle were 50 mm long, 50 mm high, 50 mm wide and 7
mm thick. The steel grade for the connecting bolts was 5,
with a nominal yield strength of 300 MPa and a tensile
strength of 500 MPa. The nominal diameter of the
connecting bolt was 10 mm, with a bolt length of 38
mm. Structural adhesive was used for the contact
between the flange and the web to ensure a better bond.
The structural adhesive was an epoxy resin with a shear
strength of 12 MPa.

Figure 4: am oo -shape

eam Con iguration mm

4.3 TEST CONDITIONS
A four point concentrated loading method was used for
to test each beam, as shown in Figure 5. Beam 1 was
loaded under loading increments of 2 kN, whereas
Beams 2 through 4 were loaded under loading
increments of 0.5 kN. Each loading step was performed
until the beam structure was damaged. Dial indicators
were installed near to the supports and under the point
loads to measure the deformation for each beam, as show
in Figure 5.
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the glue in the GLGB reached its ultimate capacity and
failed. In addition, there was not a clear effect on the
way that the beams were incremented loading.
A notable difference was observed in bending capacity
between the first two beams and Beams 3 and 4, with the
latter beams having a bending capacity three times that
of Beam 1 and 2. The bending capacity for Beam 4 is
slightly higher than Beam 3, which indicates that having
a whole steel angle along the entire span would be an
effective way to improve the bending capacity of the
beam. However, the failure mode of Beam 3 was the
stability of the beam and not tearing material as for
Beam 4.
Table 1: ummary ailure

Figure 5: oa ing

etho an

ocation ial n icators mm

o e

Beam

Failure Mode

Failure Load
(kN)

1

Tearing at horizontal
strips in the web

9.5

2

Tearing at horizontal
strips in the web

9.5

3

Torsion

31.5

4

Tearing at horizontal
strips in the web and
Buckling

38.0

TEST RESULTS AND DISCUSSION
For each beam, the analysis was done based on fractures
or torn apart of the flange plates or the web plate,
excessive deformation of the beam, or failure on the
connections.
.1 FAILURE MODE
A summary of the failure modes and failure loads of the
four beams is presented in Table 1. In addition, the
failure modes are also shown in Figure 6. Table 1 shows
that Beam 3 failed because of the loss of stability in the
beam, while the other three beams failed due to tearing
of the horizontal strips of the web. These results show
that the glue used during the fabrication process of the
GLGB fails before the bamboo or the bolted
connections.
The test results also show that the configuration of the
bolted connections has a large impact on the stability and
capacity of the beam. The tearing failure of the
horizontal strips of the web was affected by the
distribution of the bolted connections along the span of
the beam. The tearing failure was observed at the end of
the beam until the next bolt connected point. For
example, for Beam 1, the tearing failure was observed
from one end until midspan, while on Beam 2, the
tearing failure was observed from one end until one
quarter of the overall length of the beam. Increasing the
number of connecting bolts along the beam span is an
effective way to reduce the tearing of the horizontal
strips of the web.
Both Beam 1 and Beam 2 have the same bending
capacity, and the possible reason is that the strength of

(a)

(b)

(c)

(d)

Figure 6: ailure o e o
eam
c eam

este
eam

eams

a

eam

.2 EFFECTS OF THE CONNECTIVITY ON
DEFLECTION
The results showed that Beam 4 was a very ductile
structure due to its large deformation at failure, as shown
in Figure 7. In addition, the Guadua bamboo behaved as
an elastic material because when the load was removed,
the beams returned to its original position.
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Figure 8: e lection on
n er oa ing

(b)
eam

a

e ore

oa ing

The graphs of load versus deformation were calculated
with the data from the dial indicator under the point load.
Which was not at midspan but it was a comparable point
in order to minimize errors when reading the dial
indicators and check symmetric behavior in the beam.
The experimental curves for each beam are shown in
Figure 8.
Figure 8 identifies a linear phase followed by a nonlinear
phase as the load increases on each deflection curve of
the four beams. The phase identification of the four
beams is shown in Table 2.
For all four beams about 35% of the total deformation
occurred in the linear phase, while most of the structural
deformation occurred in the subsequent nonlinear phase.
As showed in Figure 8, the slope of the curve in the
linear phase is greater than in the nonlinear phase. That
behavior is related with the structural rigidity of the
beams, where there is a change from high to low
stiffness during the loading process. The reason for the
change in the structural rigidity was due for the glue
used during the manufacturing process of the GLGB.
The shear strength of the glue could have an important
effect on the stiffness in the beam, contributing to its
linear phase. The fact mentioned previously was evident
during the test of Beam 3. Where, a layer of epoxy resin
was applied in both surfaces of the web improving
considerably the glued connection of the bamboo strips
and leading a great contribution to the structural rigidity,
as showed in Table 2. Besides, the bolted connections
also had a contribution on the structural rigidity against
slip deformation. It was evident that the tearing of the
bamboo strips for Beam 1 and Beam 2 happened
between the first two consecutive bolted connections
starting at the ends of the beams, as showed in Figure 6
(a) and (b).
The effects of the bolted connection on the structural
deflection were analyzed as follows. Figure 8 identifies
two phases, a linear phase and a nonlinear phase for all
four beams. When the flexural deflection reached about
3.6-5.6 mm the glue started failing and the linear phase
ended during the loading process. The bolted connection
on Beam 2 showed little improvement on the structural
rigidity during the linear phase as shown in Table 2.
However, the glue on the bamboo strips showed the
main effect on the structural rigidity. On the other hand,
Beam 4 showed a considerable improvement on the
structural rigidity as shown in Table 2. The linear phase
on Beam 4 was longer compared to Beam 1 and 2. Beam

Table 2: hase

enti ication o the oa - e lection Cur es

Load Range
(kN)

Deflection Range
(mm)

Beam
Number

Linear
Phase

Nonlinear
Phase

Linear
Phase

Nonlinear
Phase

1

0-4

4-9.5

0-3.912

3.912-9.627

2

0-5

5-9.5

0-3.658

3.658-10.033

3

0-17

17-31.5

0-4.775

4.775-10.998

4

0-14

14-38

0-5.690

5.690-27.153

Load vs Deflection
Beam 1

Beam 2

Beam 3

Beam 4

40
35
30
25

Load (kN)

(a)

3 had an additional factor to consider, the resin that was
applied on the web, in addition to the increment of
bolted connection. However, it was demonstrated the
improvement on the structural rigidity during the linear
phase and the important role that the glue had on making
the beam stiffer.
Another observation of the bolted connections was
notable on Beam 1. Where, the bolted connection also
had an effect on the slip deformation between the flange
and the web. The top flange of Beam 1 when subjected
to compression it was evident how the top flange tended
to buckle indirection opposite to the deflection, as is
shown in Figure 9. Increasing the number of bolted
connections made the beams behaved more rigid.

20
15
10
5
0

0

10

20

Deflection (mm)
Figure 8: oa

s e lection

perimental Cur es

30
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Bu l

improved capacity while Beam 3 had an extra layer of
epoxy resin that also contributed also to its stiffness. An
optimal combination of glue on the bamboo strips and
placement of steel could lead to a high capacity and high
rigidity in the structural beam.
.4 BENDING RIGIDITY

Figure 9: uckle op lange on eam

After the glue connection started failing, the structural
rigidity of the beams was reduced. The deflection of the
beam started increasing rapidly described by the
nonlinear phase previously defined. However, it was
possible to observe and excellent ductility until the
beams failed.
The bolted connections and the glue on the bamboo
strips can have a positive effect on the structural rigidity
of a bamboo composite I-shaped beam. It was evident
that a combination of both could result in a stiffer beam,
as shown on Beam 3. Where, the load-deflection
behavior was very linear even when it had a nonlinear
phase. That nonlinear phase did not increase rapidly. The
failure on beam 3 was for stability of the structure which
means that improving the glue on the GLGB and the
bolted connections could lead a higher capacity and
ductility on the bamboo composite I-shaped beam. In the
future more testing would be done to approach and
optimize connections in order to achieve the best
cooperative action.
.3 EFFECTS OF WHOLE STEEL ANGLE
Beam 4 was constructed using the same distribution of
bolted connections as Beam 3. However, instead of using
an individual steel angle per connection, a whole steel
angle was placed along the entire span of the beam.
As mentioned before, there was an evident improvement
on the structural rigidity of the beam relative to the
distribution of the bolted connections. However, Beam 4
was the beam with the most uniform and steady
deformation under the loading process. It is believed that
using the whole steel angle could improve the
distribution of the load along the entire beam as well as
the rigidity on the beam. Table 2 shows how the linear
phase was improved allowing with higher capacity with
lower structural deflection. Beam 4 was the beam which
supported the maximum load at failure and the most
ductile beam among the other three beams, as is showed
in Figure 8. That fact shows the positive effects on the
cooperative action between bamboo and steel.
Nevertheless, the full engaging of the steel was not
evident because the glue on the bamboo strips failed
before steel reached its maximum capacity.
Comparing Beam 3 and 4, that have the same
distribution of bolted connections. Beam 4 showed

Previous load-deflection analysis provides a starting
point for analyzing the effects on the bending rigidity.
As identified in the two phases shown in Figure 8, it can
be concluded that for a service load the best scenario
would be the linear phase. The glue on the bamboo strips
plays an important role on the bending rigidity. It was
evident on Beam 3 about how improving the glue of the
bamboo strips with the epoxy resin, how the larger slope
was implying a high rigidity of the composite beam
(Figure 8). Even when the load-deflection curve showed
the first inflection point at 17 kN, the slope did not have
an abrupt change resulting in a constant slope. The slope
presented a quick change at 30 kN. Beam 3 could
notably improve the structural rigidity during the initial
phase. On the other hand, for Beam 4 could consider two
linear phases but with slope lower than in Beam 3. It is
believed that after the first inflection point at 14 kN, the
presence of the steel angle had an effect on the structural
rigidity giving a second stage of linear phase under the
loading process.
Based on all the facts mentioned before, the slope in the
load-deflection curve decreased significantly and the
deflection increased rapidly and a certain point. At that
point the glue on the bamboo strips fails, leading to a
sharp reduction in structural rigidity. The bending
rigidity of the bamboo composite I-shaped beam was
related to the effect of the glue on the bamboo strips.
Therefore, an improvement on the glue of GLGB will
guarantee a higher bending rigidity and higher range for
applicable service load.
The distribution and number of bolted connections also
has an influence on the bending rigidity of the bamboo
composite I-shaped beam. It was evident in Figure 8 how
the bolted connection reduced the deformation, even for
Beam 2 which showed a small deformation during its
linear phase. Obtaining an optimal cooperation action
between the glue and the bolted connection would lead
to high bending rigidity in addition to a larger range of
linear deformation, therefore, including a whole steel
angle along the entire span of the beam can have positive
effect on the bending rigidity. In that case a combination
of structural stiffeners can have an improvement on
stability, reduction of deformation, and increasing on the
bending capacity. These results show that it is possible to
have a bamboo composite I-shaped beam working under
normal service conditions as a structural element in a
bridge.
.

ALLOWABLE DEFLECTION

Considering a bamboo composite I-shaped beam as a
structural component must be serviceable in addition to
being safe. Using bamboo which is an organic resource,
temporary and long term application, its performance
must be acceptable without having any discomfort or
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presenting any unsafety perception for the users of the
structure. Serviceability ensures the quality and
effectiveness of design and construction.
Different codes have been developed for designing
structural elements based on primary materials in
construction such as steel, concrete, and wood. However,
the lack of research using bamboo as a structural
component is one of the main limitations that needs to be
considered. Serviceably can be a starting point for
standardizing the use of bamboo as a primary material in
construction.
The analysis for allowable deflection was performed
base on maximum deflection at the point load and the
allowable deflection was taken from timber structures
design codes, as is shown in Equation (1) below [17]:
𝐿
(1)
∆𝑎𝑙𝑙𝑜𝑤𝑎𝑏𝑙𝑒 =
300
Where, ∆𝑎𝑙𝑙𝑜𝑤𝑎𝑏𝑙𝑒 = Maximum allowable deflection, and
𝐿 = Effective span length.
The values for maximum deflection at applied load,
failure load, and allowable deflection are shown in Table
3. In this study the value of allowable deflection was
6.90 mm. The effective span length was taken from
support to support, 2070 mm. Using that theoretical
value of allowable deflection, an allowable load was
determined from Figure 8.
Table 3: llo a le e lection an

llo a le oa

Maximum Allowable
Allowable
Load
Beam Deflection Deflection
Load
(kN)
(mm)
(mm)
(kN)
1
9.627
6.900
9.5
6.0
2
10.033
6.900
9.5
8.0
3
10.998
6.900
31.5
23.5
4
27.153
6.900
38.0
16.5
Table 3 shows that maximum deflection on the four
beams were greater than the allowable deflection in
service state. However, comparing the allowable
deflection with the deflection in the linear phase showed
in Table 2 shows that the deflections on the four beams
during the linear phase were lower than the allowable
deflection in the service state. Beam 3 demonstrated that
improving the glue in the bamboo strips could have a
significant impact on high capacity and getting closer to
the allowable deflection in service state.
The ratio of load to allowable load was calculated for
each beam using the data from Table 3. All four beams
showed a ratio of more than 1.0 and the ratio for Beam 4
was greater than 2.0, which indicated a significant grade
of safety in the structure under service state.
Finding a stiffer bamboo composite I-shaped beam will
be the key for designing structural elements that can be
applicable to bridge engineering. Improving glue in the
bamboo strips and optimizing the distribution of bolted
connection and using steel as a complementary material
can result in a stiffer and safe beam under service state.

CONCLUSIONS
A composite bamboo I-shaped beam has the potential to
be considered as a structural element in bridge

engineering. In addition to being a sustainable alternative
in construction as well as providing a breakthrough in
sustainability.
The glue used during the production of GLGB and the
distribution of bolted connections played an important
role on the rigidity of the composite bamboo I-shaped
beam. Load bearing was identified by two phases, a
linear phase and a nonlinear phase which were affected
by the glue on the bamboo strips and the distribution of
bolted connections. It was evident that an optimization
of the previous components can lead to an improvement
on capacity and make stiffer beams within the nonlinear
phase of the load bearing.
After testing, Beam 3 and 4 showed considerable
improvement on the performance of the composite
bamboo I-shaped beam. Maximum loads at failure were
31.5 kN and 38.0 kN respectively. Resulting in more
than 300% of the capacity for Beam 1 and Beam2.
Rigidity in Beam 3 was significantly improved by the
epoxy resin applied on the web. The load-deflection
curve of Beam 3 showed the highest slope with a greater
linear phase. Implementing a whole steel angle along the
entire span of the beam showed benefits in the overall
performance of the composite bamboo I-shaped beam.
Beam 4 could support a maximum load of 38 kN and the
deformation was found to be the most uniform among
the other three beams. It was evident that the whole steel
angle gave the steadiest beam and it was possible to see
the cooperation action between steel and bamboo, even
when the steel did not reach its maximum capacity.
This paper also presented a starting point for
serviceability, where finding a stiffer bamboo composite
I-shaped beam will be the key for designing structural
elements that can be applicable in bridge engineering
under service state. The safety in a structure is high if the
structure is under a service state, and the bearing
capacity must be remarkable when the structure is
damaged. However, more physical tests and evaluations
need to be performed in order to standardize the use of
bamboo as a primary material in construction.
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CYCLIC BENDING PROPERTIES OF SCREWS FOR PREDICTION OF
FRACTURE LIFETIME OF THE FASTENERS AND JOINTS
Kenji Kobayashi1, Kenta Hayashi2, Motoi Yasumura3
ABSTRACT: In this paper, cyclic bending tests of the screws were conducted and low cycle fatigue failure behaviour
was evaluated. Moreover, the relationship between cyclic bending properties of screws and ductility for shear
deformation of screwed joints were compared. From constant angle bending test, it is clarified that power rule was
applicable between plastic bending deformation and number of cycles to failure. From test results under incremental
schedule according to ISO16670, a fracture lifetime could be predicted by applying linear cumulative damage rule.

KEYWORDS: Screw, Joint, Bending, Cyclic loading, Fracture

1 INTRODUCTION 123
Screws are commonly used for timber structures in Japan.
Small screws are used for fastening boards such as
plywood, gypsum board and so on instead of nails.
Screws with the diameter of 5-6mm are often used to
metallic hardware such as hold-downs.
They are often used after heat treatment such as
quenching and tempering to improve their strength. It
enables to drive screws without pre-drilling. But,
conditions of heat treatment or shapes of screw
sometimes decrease the ductility and cause brittle failure
of the screws[1][2]. So it is important to confirm a
ductility of a screw.
According to EN 14592[3] for example, screws shall be
10 degrees
bent up to a bending angle of
45⁄ .
( : outer thread diameter) without any cracks. This rule
seems to guarantee the deformation performances of the
screws up to yield state of the joint.
On the other hand, some kinds of joints are subjected to
seismic (repetitive) action. Therefore, brittleness under
cyclic loading should be taken into account to evaluate
shear property of screw joints which resist seismic action.
In this paper, cyclic bending tests of the screws were
conducted and low cycle fatigue failure behaviour was
evaluated. Moreover, the relationship between cyclic
bending properties of screws and ductility for shear
deformation of screwed joints were compared.

1

Kenji Kobayashi, Shizuoka University, Japan,
kobayashi.kenji.b@shizuoka.ac.jp
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Kenta Hayashi, Japan Testing Center for Construction
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2 PREDICTION OF FRACTURE
LIFETIME
2.1 LOW-CYCLE FATIGUE FAILURE
Fatigue failure is a weakening of a material caused by
the stresses under cyclic loading. Even if the stress is
lower than yield stress, high repetition enables the
material to failure. This type of failure is called highcycle fatigue failure. On the other hand, if the stress is
higher than yield stress, repetitive plastic strain is
applied to the material and it reaches to failure in
relatively low number of cycles. This type of failure is
called low-cycle fatigue failure.
Low-cycle fatigue failure is expressed by the MansonCoffin relation;
∆
2

′ ∙ 2

1

where:
∆ /2 : plastic strain amplitude, ′ : fatigue ductility
coefficient, 2 : number of cycles to failure, C: fatigue
ductility exponent.
′ and C are determined empirically. There are derived
from the relationship between logarithmic scales of
and ∆ .
2.2 LINEAR CUMULATIVE DAMAGE RULE
Manson-coffin relation is derived based on several
results of individual constant cyclic loading tests. When
we think about a failure of a material exposed to
continuous loading with different strain levels, the
Miner’s rule based on linear cumulative damage
hypothesis will be applicable. The linear cumulative
damage is determined as equation (2).
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⋯

2

where:
D: linear cumulative damage, ni: Cumulative cycles at ith plastic strain, Ni: Number of cycles to failure at i-th
plastic strain.
When D reached to 1, it is considered to be failure. This
rule is generally used to predict fatigue failure lifetime.
2.3 APPLICATION TO THIS STUDY
When a screwed joint is subject to cyclic shear force, a
brittle failure occurs at the plastic hinge of the screw.
The same failure can be observed even in a nailed joint
by higher number of cycles. These types of failure
belongs to the category of low-cycle or extremely low
cycle fatigue failure. Therefore the number of cycles or
fatigue lifetime will be related to the plastic strain at the
plastic hinge. Here we assumed that the plastic strain
could be simply replaced by a plastic deformation
angle .
Equation (1) is changed by replacing
∆
2

∙ 2

to

as follows;

Cyclic bending test apparatus is shown in Figure 3. This
apparatus is based on the annex A of ISO 10984-1[4].
Since only monotonic loading is supposed in ISO 109841, we modified it to work under reversed loading. An
above side of a loading arm is connected to a universal
test machine and it can move up and down. Clamp B are
connected to the rotation axis and the loading arm. It can
apply bending moment to the specimen. Clamp A is
connected to one edge of a lever. A load cell is
connected to another side of the lever. A hinge and a
linear guide enable to move Clamp A freely except
rotation, and bending moment from Clamp B is
transferred to the load cell as an axial force. A weight is
located at the edge of the lever so as to cancel the selfweight of the lever and Clamp A.
Bending moment at the fastener can be calculated from
equation (3);
3
where:
:
: bending moment at the fastener (Nmm),
horizontal distance between the load cell and the tip of
Clamp A (mm), : distance between the Clamps A and
B (mm), : measured load by the load cell (N).

3
Test jig

where:
∆ /2: plastic deformation angle, 2 : number of cycles
to failure, , C: regression coefficients.
Plastic deformation angle was determined by two
crossing points to X-axis (point “b” and “d”, see Figure
1).
Equation (2) is not changed, but notice that ni and Ni are
the values at i-th plastic deformation angle.

Rotation
Axis

Figure 2: An image of cyclic bending test

Moment
a
Loading arm

d

o
Δγp

b

Hinge

Rotation Axis

Angle

Hinge
Weight

c

Figure 1: Definition of plastic deformation angle

Clamp A

Clamp B

Lever

l6
Loadcell

l2

Linear guide

Figure 3: Cyclic bending test apparatus

3 CYCLIC BENDING TESTS OF THE
SCREW
3.1 TEST METHOD AND APPARATUS
Cyclic bending test method is shown in Figure 2. Clamp
B has a rotation axis and it can apply reversal cyclic
bending deformation to the specimen.

3.2 TEST SPECIMENS
The shape of the test specimen was shown in Figure 4.
Self-tapping screws with nominal diameter of 6mm, root
diameter of 4mm were used for the test. The head of the
screw was cut off and both side of the screw were fixed
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by Clamps A and B. The distance between the clamps
was two times of screw outer diameter.
Unit: mm

where:
θ: deformation angle at the plastic hinge of the fastener
in the joint (deg.), δ: shear displacement of the joint
(mm), x: distance from shear plane to plastic hinge (mm).
Incremental bending schedule was obtained from shear
displacement schedule and equation (4).

Figure 4: Test specimen

3 cycles

3.3 TEST SCHEDULE

0.2Du

Bending test conditions are listed in Table 1. Three kinds
of bending schedules were selected.

3.3.2 Constant angle cyclic test
Test specimen was bent to both directions at constant
angles until the fracture of the specimen occurred.
Constant angles of 10, 15, 22.5 and 30 degrees were
selected. From bending moment - deformation angle
relationship, bending moment at maximum bending
angle in each cycle (moment at point “a” and “c” in
Figure 1, call “peak moment” hereafter) was obtained.
Number of cycles to failure was defined as the cycles
when the peak moment becomes less than 80% of
maximum moment.
3.3.3 Incremental angle cyclic test
Incremental schedule was determined so as to simulate
behaviour of the fastener at joint shear tests (see chapter
4). Shear displacement schedule according to
ISO16670[5] was shown in Figure 5. Assuming that the
position of the plastic hinge does not move by shear
displacement, deformation angle at the plastic hinge of
the fastener can be calculated from the shear
displacement and a distance from shear plane to the
plastic hinge:
tan

4

ISO 16670
Incremental

Condition
10deg.
15deg.
22.5deg.
30deg.
Sugi
Hinoki

Figure 5: Loading protocol of ISO 16670

3.4 TEST RESULTS
3.4.1 MONOTONIC BENDING TEST RESULTS
Bending moment – deformation angle relationship was
shown in Figure 6. Characteristic values were shown in
Table 2. They showed almost the same curves, but they
had a variety in the angle at failure. One specimen
reached to deformation limit of the apparatus.
20
15
10
5
0

0

20
40
Deformation angle (deg.)

60

Figure 6: Moment-deformation angle curves on monotonic
bending test
Table 2: Monotonic bending test results

Table 1: Bending test conditions
Test type
Monotonic
Constant angle

0.6Du

1 cycles
0.0125Du-0.1Du

Bending moment (Nm)

3.3.1 Monotonic bending test
Test specimen was bent to one direction up to 54 degrees
which was determined by the limit of test apparatus.
Bending speed was 2 deg/sec. Yield moment My,
maximum moment Mmax, and ultimate deformation angle
γu was evaluated from bending moment - deformation
angle relationship.

0.4Du

1.0Du

0.8Du

Repetition
3
1
3
3
3
3
3

My (Nm)
9.8

Mmax (Nm)
15.2

γu (deg.)
49

3.4.2 CONSTANT ANGLE CYCLIC TEST
RESULTS
Representative moment - angle curve was shown in
Figure 7. In case the deformation angle of 22.5 degrees,
the screw was failed at 5th negative cycle. In case the
deformation angle of 10.0 degrees, the screw was failed
after nearly 70 cycles.
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(a) Bending angle of 10.0 deg.
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(b) Bending angle of 15.0 deg.
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(c) Bending angle of 22.5 deg.
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(d) Bending angle of 30.0 deg.

Figure 7: Representative test results of constant angle cyclic bending test.
Left: deformation angle – moment curves. Right: relationship between number of cycle and peak moment.

WCTE 2016 e-book | 1461

In all test conditions, the values of peak moment were
decreased as the number of cycles increased. It is
because of the deformation of the cross section caused
by plastic strain at upper/lower edges.
Relationship between plastic deformation angle and
number of cycles to failure was shown in Figure 8. They
showed linear relationship on double logarithmic plot
and power rule was applicable. Therefore it was found
that the Manson-coffin rule is applicable by using plastic
deformation angle. , C were evaluated from regression
curve as 36.28, -0.53 respectively.

y = 36.28 x-0.53
R² = 0.98
10

1

1

10
Number of cycles to failure

100

Moment (Nm)

Figure 8: Relationship between plastic deformation angle and
number of cycles to failure
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3.4.3 INCREMENTAL ANGLE CYCLIC TEST
RESULTS
Representative moment - angle curve was shown in
Figure 9. Although there were two different bending
schedules, first several cycles were in the range of elastic
deformation. The peak moment clearly exceeded the
yield moment at the cycle which is correspond to 0.1Du
in shear displacement.
Then we predicted the failure lifetime from equations (2)
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Figure 9: Representative deformation angle – moment curves on incremental angle cyclic bending tests
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Figure 10: Prediction of steps to failure at incremental bending test

20

25

30

35

40

45

Steps

(b) Bending schedule from Hinoki specimen

WCTE 2016 e-book | 1462

and (3) substituting the regression coefficients in Figure
8. Predicted and experimental steps to failure at
incremental bending tests were shown in Figure 10. Both
values were close and therefore fracture lifetime at
incremental bending schedule could be predictd from
constant angle bending results.

4 MONOTONIC AND CYCLIC SHEAR
TEST OF STEEL-TO-TIMBER
SCREW JOINT
4.1 TEST MATERIALS
CLT panels were prepared for main member. Two kinds
of wood species were selected - Sugi (Cryptomeria
japonica, density: 410kg/m3, moisture content: 10.0%,
and
Hinoki
MOE
of
lamina:
7.8kN/mm2)
(Chamaecyparis obtusa, density: 490kg/m3, moisture
content: 10.3%, MOE of lamina: 10.3kN/mm2). The
thickness of CLT was 90mm (30mm×3ply). Each lamina
in the same layer is not glued and there are no gaps
between them.
Steel plates with thickness of 4.5mm were selected for
side member. A diameter of a pre-drilled hole for the
steel plate was 6.5mm.
Self-tapping screws were the same which is used for the
bending test specimen. Two screws were driven in one
CLT panel and they were placed with end distance of
50mm and 90mm to avoid contacting each other.

4.2 TEST SETUP
Figure 11 shows test specimens of single shearing test of
CLT joints. Grain direction of main member was
arranged to 0° to the loading direction. Pre-drilling holes
of 3mm diameter were adopted to decrease variance
caused by driving.
Monotonic and reversed cyclic loads were applied at
each member by a universal test machine (Shimadzu
Autograph AG-I). Applied load was measured by
electronic loadcell with a capacity of 50kN. Relative
displacements between main member and each side
member were measured with electronic transducers with
a capacity of 100mm. Six specimens were subjected to
monotonic loading and reversed cyclic loading. The
loading protocol is determined by ISO 16670, shown in
Figure 5. Du is determined as 25mm for cyclic loading.
4.3 TEST RESULTS
Load – displacement curves of monotonic tests were
shown in Figure 12. Characteristic values were derived
from test results as shown in Table 3. Specimens with
main member of Hinoki showed high shear capacity than
that of Sugi. Both series showed high ductility, but each
one specimen showed brittle failure caused by the
fracture of the screw.
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Figure 11: Joint shear test specimen
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Figure 12: Load-displacement curves of monotonic joint shear
test
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Dy
Pmax Dmax
Pu
Du
Main
Py
(kN) (mm) (kN) (mm) (kN) (mm)
member
Sugi Ave. 4.09 2.62
6.53 11.12 6.14 28.33
S. D. 0.70 0.46
0.65
5.43
0.64
9.54
Hinoki Ave. 6.51 4.62
9.81 11.80 9.11 27.64
S. D. 1.21 2.12
0.61
2.08
0.61
6.28
: displacement at yield load (mm),
: yield load (kN),
: maximum load (kN), : displacement at maximum load
(mm), : ultimate load (kN), : ultimate displacement (mm).

Load – displacement curves of cyclic tests were shown
in Figure 13. Characteristic values were derived from
test results as shown in Table 4. Similar to monotonic
test results, Specimens with main member of Hinoki
showed high shear capacity. On the other hand, almost
of all specimens were failed by the fracture of the screw.
Hinoki specimens showed lower Du values than that of
Sugi specimens. Hinoki species have high density and
embedding strength, and it makes the distance between
plastic hinge and shear plane smaller. Therefore,
deformation angle of the fastener becomes larger even if
shear displacement is the same. It is already expressed in
equation (4).

Experimental values were varied because of the variation
of embedding strength. Predicted value showed average
or safety side against experimental results.

30
Shear displacement (mm)

Table 3: Monotonic joint shear test results
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Figure 13: Load-displacement curves of cyclic joint shear test
Table 4: Cyclic joint shear test results
Dy
Pmax Dmax
Pu
Du
Main
Py
(kN) (mm) (kN) (mm) (kN) (mm)
member
Sugi Ave. 4.46 2.54
7.54
9.34 6.79
19.8
S. D. 0.99 0.94
1.31
2.37 0.99
4.36
Hinoki Ave. 5.39 4.05
9.23
9.18 7.85 12.98
S. D. 1.22 1.11
1.06
1.67 0.75
1.57
: displacement at yield load (mm),
: yield load (kN),
: maximum load (kN), : displacement at maximum load
(mm), : ultimate load (kN), : ultimate displacement (mm).

Predicted and experimental steps to failure at joint shear
tests were shown in Figure 14. Red line shows predicted
failure lifetime which is the same in Figure 10. Black dot
shows the steps which the load was finally exceeded
80% of maximum load.
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Figure 14: Prediction of steps to failure at joint shear test
according to ISO16670 (a) Main member of Sugi (b) Main
member of Hinoki

5 CONCLUSIONS
Cyclic bending tests of the screws were conducted and
the relationship between cyclic bending properties of
screws and ductility for shear deformation of screwed
joints were compared. From constant angle bending test,
it is clarified that power rule was applicable between
plastic bending deformation and number of cycles to
failure. From incremental schedule according to
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ISO16670, a fracture lifetime could be predicted by
applying linear cumulative damage rule.
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STRUCTURAL PERFORMANCE EVALUATION OF NEW BRACE
FASTENER WITH DAMPING MECHANISM FOR WOODEN HOUSES
Tomoki Furuta1, Masato Nakao2 and Tsuyoshi Makita3
ABSTRACT: To improve ductility and damping performance of braced wall in Post and Beam construction wooden
house, a new brace fastener which fastens the end of a diagonal wood brace to the end of column was developed. The
new faster is able to absorb relative displacement between the end of a brace and a wood frame. Moreover, due to the
effect of plastic deformation of steel “bridge” and shear deformation of high damping rubber, stiffness and damping
force are added to the fastener. In this paper, static shear loading test of a wood frame with a wood brace which is
fastened by the new brace fasteners, incremental analysis and earthquake response analysis of two-storied wooden
houses with the new brace fasters are presented. It was found that the new brace faster reduces story drift of wooden
houses to less than 50% under large earthquake motion compared to conventional fastener.
KEYWORDS: Brace Fastener, Response Control, High Damping Rubber

1 INTRODUCTION 123
In Japanese Post and Beam construction wooden houses,
diagonal wood brace is one of the most useful and
important seismic member. However, its ductility is not
good in comparison with nailed plywood wall. Its
connection between the end of a diagonal wood brace
and the corner of column and sill or beam is not able to
absorb the vibration energy under earthquakes efficiently.
To improve the ductility and damping performance, a
new brace fastener which fastens the end of a diagonal
wood brace to the end of column was developed for Post
and Beam construction wooden houses.
The new brace fastener has steel “bridge” which deforms
and absorbs relative displacement between the end of a
brace and a wood frame when a brace is subjected to a
tensile load. Moreover, under a repeated load, the
“bridge” absorbs vibration energy due to plastic
deformation of steel. In addition to the “bridge”, a high
damping rubber which is included in the brace fastener is
subjected to shear force under a tensile repeated load,
stiffness and damping force are added to the fastener.
The new brace faster contains not only stiffness but also
ductility and damping, it contributes response control
effect to a brace fastener.
In this paper, shear loading test of a wood frame with a
wood brace which is fastened by the new brace fastener
and earthquake response analysis of two-storied wooden
houses which have wood braces with the new brace
fasters and conventional brace fasters are presented.
1

Tomoki Furuta, Daiichi Institute of Technology,
t-furuta@daiichi-koudai.ac.jp
2
Masato Nakao, Yokohama National University,
mnakao@ynu.ac.jp
3
Tsuyoshi Makita, KANESHIN Co., ltd.
makita@ys-gr.jp

Response control devices for wooden houses on the
market nowadays are relatively high price. The
manufacturing cost of this new brace faster is lower in
comparison with the devices on the market. It is
expected that a large number of wooden houses are
equipped with this new fastener and response control
will be standard function for wooden houses. This new
brace fastener contributes to relieve society of fear of
earthquakes.

2 OUTLINE OF THE NEW BRACE
FASTENER
The schematic of the new brace fastener is shown in
Figure 1. It is manufactured from a steel plate with
3.2mm thick as shown in Figure 2. Four portions are cut
off to form six “bridges.” Width of the bridge is 5mm
each. To form the fastener, the plate is turned down at
the bridges as shown in Figure 3 and a space of 120mmx
150mmx5mm between the plate is made. The both sides
of the edge of the plate are jointed at the center of the
fastener as shown in Picture 1. High damping rubber
whose shear stiffness is 0.4N/mm2 is inserted in the
space with 5mm thick and glued to the inside faces of
the plate. Covering rubber with 0.3-0.7mm thick is also
glued to the outer face of the fastener at the same time.
The covering rubber protects the steel from rust and
average the shear force that affects the bridges. Picture 2
shows completed new brace fastener.
The brace fastener is fastened to a wood brace and a
wood frame as shown in Picture 3 using six 45mm long
wood screws and nine 75mm long wood screws
respectively. Diameters of the 45mm long and 75mm
long wood screws are both 3.7mm.
When a wood brace is subjected to a tensile force,
relative displacement between two parallel faces of the
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plate is induced and strain is concentrated on the bridges.
The bridges are plastic deformed and the high damping
rubber is shear deformed. The two mechanisms absorb
relative displacement between the end of a wood brace
and the end of a column, and moreover, produce
stiffness and damping force.

Wood screw hole
for column(6)

Wood screw hole
for brace(6)
High damping rubber
(t=5mm, G=0.4N/mm2)

Picture 2: Completed new brace fastener

56.4

11.4

(Unit: mm)

5.0
5.0

5.0

Figure 1: New brace fastener

Thickness of steel
plate: 3.2mm
Bridge
(Width: 5mm)

Picture 3: New brace fastener installed at the end of brace

3 STATIC SHEAR LOADING TEST

Figure 2: New brace fastener before turning down

Figure 3: Turning down to form the fastener

Picture 1: New brace faster before gluing high damping
rubber

Firstly, static shear loading test of a wood frame with a
wood brace which is fastened by the new developed
brace fasteners was conducted.
The specimen was constructed by Japanese Post and
Beam construction system as shown in Figure 4. The
wood frame consists of two columns, a sill and a beam.
Species of the column and sill was Japanese cedar while
the one of the beam was Douglas fir. Cross section of the
column and the sill was 105mmx105mm while the one
of the beam was 180mmx105mm. Each member is
connected with tenon and mortice, and two 75mm long
nails were driven penetrating tenon and mortice. A stud
between two columns is connected to the beam and the
sill with two 75mm long nails. A diagonal wood brace
whose species was Tsuga heterophylla and the cross
section was 90mmx45mm was installed inside the wood
frame. The wood brace was fastened to the end of
columns by the new brace fasteners. According to the
Building Standard Law in Japan, allowable shear
strength of a wood frame with single wood brace is
prescribed as 3.57kN.
The specimen was set in the test apparatus, and tie rods
were applied to restrict uplift of the beam. Lateral
repeated load, from 0.17% (1/600) to 2% (1/50) of story
drift, was applied to the beam and one directional load
up to 6.67% (1/15) followed. Number of plus and minus
repeated load was three on one stage of story drift. For
compressive side of the wood brace, maximum story
drift was up to 0.83% (1/120).
Three specimens with a brace were prepared for this test
and one frame specimen without brace was also prepared
and tested.
Figure 5 shows shear force-story drift relationships of
the specimens. For this shear loading test, the high
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damping rubber which was installed of the brace fastener
was not glued to the inside face of the fastener for
conservative evaluation while the covering rubber was
glued to the outer face of the fastener.
When the story drift exceeded 1% of story drift, relative
displacement between the two parallel plates of the
fastener was detected, area of the hysteresis loop became
larger. Finally, the bridges between the two parallel
plates of the fastener were torn off as shown in Picture 4.
Though the test was continued until 6.67% (1/15) of
story drift, remarkable decline of the shear force was not
detected. In ultimate state, the head of a wood screw on
the edge of the fastener was torn off in some specimen, it
did not affect shear force. Split on the end of a wood
brace was also observed as shown in Picture 5, however,
decline of shear force was not detected.
Tests with the fastener whose high damping rubber was
glued to the inside face of the plate were also conducted.
Figure 6 shows skeleton curves of all the specimens.
From the figure, the shear force of the specimen with
glued high damping rubber is higher than the one
without gluing from 1% of story drift. Considering the
failure mode of the former test, yield of the bridge
occurred at around 1% of story drift, therefore, the high
damping rubber began to carry the shear force at around
1% of story drift. After that, shear force of the specimen
with glued high damping rubber increased as the story
drift increased smoothly. Moreover, variations in the
shear forces of the specimens with glued high damping
rubber was remarkably small, it is considered that the
high damping rubber averages the shear force which
affects six bridges.
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Figure 5: Shear force-story drift relationship of braced
specimen with the new brace fasteners

Column&Sill: 105x105(Japanese cedar)
Beam: 180x105(Douglas fir)
Stud: 105x30(Japanese cedar)
Brace: 90x45(Canadian Hem Fir)
Tenon: 85x50x30

Figure 4: Frame with single brace specimen
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Figure 6: Comparison between shear force-story drift
relationship of specimen with glued and not glued high
damping rubber
Picture 4: Tear of a bridge

WCTE 2016 e-book | 1468

6

8

Tention side

2
0
-2

-4

Experiment
Model

0

1

2

3

Story drift (%)

4

6
Shear force (kN)

Shear force (kN)

4

4

2
0
-2

Compression side

0

0.2

0.4 0.6 0.8
Story drift (%)

1

(a) Tension side
(b) Compression side
Figure 7: Hysteresis model of braced frame with the new
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Figure 8: Analysis model of frame with double brace for
incremental analysis
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Figure 9: Shear force-story drift relationship of braced frame
with the new fastener from incremental analysis
Table 1: Equivalent viscus damping factor of braced frame
with the new fastener and conventional fastener

Story drift
(%)
0.33
0.67
1.00
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New fastener
(%)
4.4
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Conventional fastener
(%)
4.9
5.1
5.2
5.1
5.1
5.1

Shear force
(kN)

Based on the static shear loading test, FEM analysis
model was built. For the positive loading side, the brace
is subjected to tensile force, tri-liner model as shown in
Figure 7(a) was built while NCL model [1] was adopted
for the negative loading side where the brace is subjected
to compressive force as shown in Figure 7(b). For the
compression side, it was assumed that buckling of a
brace occurs at 6.5kN based on the former study.
FEM analysis model with double wood braces as shown
in Figure 8 was built and incremental analysis was
performed. Figure 9 shows shear force-story drift
relationship from the analysis. Calculating equivalent
viscus damping factor from the shear force-displacement
relationship, 8.7% in 1.0% of story drift and 16.3% in
2% of story drift were derived as shown in Table 1. The
value is approximately equal level as a wood frame with
nailed plywood.
The analysis with conventional brace fasteners was also
conducted. The analysis model which was calibrated by
the shake table test results is shown in Figure 10 [2] and
equivalent viscus damping factor was calculated. It is
found that there is remarkable difference between the
new brace fastener and conventional fastener in damping
performance.

Shear force
(kN)

4 INCREMENTAL ANALYSIS

2
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6

8

Story drift (%)

Figure 10: Shear force-story drift relationship of braced frame
with conventional fastener from incremental analysis

5 EARTHQUAKE RESPONSE
ANALYSIS
Earthquake response analysis of the two-storied wooden
house which has wood braces fastened by the new
fasteners and conventional fasteners was performed.
Figure 11 shows analysis model of a two-storied wooden
house. The non-linear diagonal springs in the model
represent double wood brace and nailed plywood. Figure
9, Figure 10 and Figure 12 are hysteresis models of a
wood frame with double wood brace fastened by the new
brace fasteners, the one with double wood brace fastened
by conventional brace fasteners and the one with nailed
plywood respectively.
Parameters of the analysis model were a ratio of existing
wall length to required wall length(Re), a ratio of the
second floor area to the first floor area(Rf) and a ratio of
wall length of nailed plywood shear wall to whole wall
length.
A double wood brace was arranged on the first floor and
lumped masses at every node and wall length on the
second floor were adjusted to meet the corresponding Re
and Rf.
Weight of the first floor(W1) and the one of the second
floor(W2) of analysis models were calculated by
Equation (1), (2) and (3).
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W =0.667•Qa / C0 / Re
W1 = W / (1+Rm•Rf)
W2 = W - W1

(1)
(2)
(3)

where W is weight of whole analysis model of a twostoried wooden house(= W1+W2). It is assumed that 33%
of shear force which affects a wooden house is carried
by non-structural members, so 0.667 is multiplied in
Equation (1). Qa is an allowable shear strength of a
double wood brace on the first floor(=7.13kN), C0 is
ratio of required shear force to the weight of a building
at damage limit (=0.2), Rm is ratio of weight of unit area
on the second floor to the one on the first floor(defined
as 0.7 in this study). In Building Standard Law in Japan,
Qa of shear walls and C0 for wooden houses are defined
as above. Natural period of the analysis model of Rf=1.0
in the case of Re=1.0 and is 0.43 sec, the one of Re=2.0 is
0.30sec.
Input earthquake waves to the analysis models were
JMA Kobe which was scaled down to 55% and BCJ
L2(Level 2 simulated earthquake wave for structural
design by The Building Center of Japan). Figure 13
shows the response spectra of the two earthquake waves.
Damping ratio of 5% was given to the all analysis
models.
Tensile brace
Compressive brace

Plywood shear wall
Tensile brace
Compressive brace

Figure 11: Earthquake response analysis model
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Figure 12: Hysteresis models of frame with nailed plywood
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Figure 13: Response spectra (h=5%)

1

Figure 14 shows maximum story drift and story shear
coefficient under JMA Kobe wave. The story drift tends
to decreases as Re increases. It is also found that
maximum response drifts of the cases with the new brace
fastener are conservative in comparison with the ones
fastened by conventional fastener. At Re=1.0, while drift
of 1st floor with conventional fastener is over 5%, the
one with the new fastener is approximately 3%.
As for story shear coefficient, it increases as Re increases.
The one with new fastener is slightly larger than the one
with conventional fastener.
Figure 15(a) shows ratio of story drift with the new
fastener to the one with conventional fastener, while
Figure 15(b) shows the case of shear coefficient. The
maximum ratio of story shear coefficient is 1.15 which is
same value as ratio of maximum shear force of Figure 9
to the one of Figure 10. In most of the analysis cases on
Figure 15 (a), the ratio of story drift is under 0.5.
Considering the ratio of story shear coefficient is under
1.15, damping effect of the new fastener is remarkable.
Figure 16 and Figure 17 show earthquake response and
coefficient of story drift and story shear coefficient under
BCJ L2 wave. The response story drift with the new
brace fasteners was almost less than 70% in comparison
with conventional fastener. In the case of Re=1.0, some
story drifts of 1st floor with the new fastener are higher
than the one with conventional fastener. However, the
maximum story drift with the new faster is under 2.5%
while the one with conventional faster is under 2%, the
difference between them is small.
Lately, the number of wooden houses which have nailed
plywood wall on the outer face of external wall is
increasing. Nailed plywood wall has great influence on
shear strength of wooden houses. To examine the
influence, analysis model with both brace and nailed
plywood wall was built and additional analysis was
conducted.
Figure 18 and Figure 19 show earthquake response and
ratio of story drift and story shear coefficient when 50%
of wall length of wood brace was replaced by plywood
shear wall.
Comparing with Figure 14(a), it is found that story drift
decreased by 20% by replacing wood brace with
conventional fastener with nailed plywood. It is
considered that the structural performance of wood brace
with conventional brace fastener is over estimated
because total wall length after the replacement is the
same as the one before the replacement. In the case of
the new brace fastener, the replacement by plywood
shear wall caused little change in response displacement.
It means that seismic performance evaluated from the
earthquake response analysis is equivalent to the one of
nailed plywood wall.
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Kobe wave
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Figure 16: Maximum earthquake response under BCJ L2 wave
Figure 17: Effect of the new brace fastener under BCJ L2
wave
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Figure 19: Effect of the new brace fastener with nailed
under JMA Kobe wave
plywood under JMA Kobe wave
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6 CONCLUSIONS
The structural performance of the new brace fastener
was examined through static shear loading test,
incremental analysis and earthquake response analysis. It
was found it has not only higher seismic performance
but also damping performance from the static shear
loading test and incremental analysis. Earthquake
response analysis showed that the new brace fastener
decreases more than 50% of story drift. Moreover,
structural performance of wood brace with the new brace
fastener is equivalent to the one of nailed plywood.
Since its manufacturing procedure is simple and the cost
is lower than conventional dampers on the market, it is
expected that a large number of wooden houses are
equipped with the new fastener and safer wooden houses
against earthquakes are realized.
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MECHANICAL AND ARTIFICIAL IMPROVEMENT OF NAILPLATE
CONNECTED TIMBER TRUSS JOINTS
Al and r J. Main y, B noit P. Gil
Gunalan4, Matth Smith
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ABSTRACT: Timber trusses are widely used in the housing market, which members are often connected by nailplates.
However, the use of this type of connection is restricted to environments where the moisture content variation is
somewhat limited (such as the building envelope). This is due to the nailplates being driven out from the timber as a
result of the mechano sorptive withdrawal effect, commonly referred to as “backout”. Recently, this backout was
observed in more controlled environments thus prompting a linked project between industry and Griffith University to
investigate solutions to increase the tooth withdrawal resistance under common design loading conditions and cyclic
moisture contents. Two different design approaches are taken: (i) by mechanical means through a redesigned tooth
profile allowing the nails to resist the pull out force by both friction and mechanical action and (ii) through application
of an adhesive to two different tooth profiles. The new designs were experimentally assessed using single nails with
respect to their quasi-static withdrawal resistance and their ability to resist the backout through accelerated moisture
cycling. Results showed that the proposed mechanical designs have comparable performance with currently used nails,
while the application of adhesive significantly decreased the backout.
KEYWORDS: Mechano sorptive effect, nailplate, withdrawal, adhesive

1 INTRODUCTION 123
Steel nailplated timber trusses are widely used
throughout the Australian and international domestic
housing market. The performance of these trusses is
highly reliant upon the joint characteristics, including
factors such as the member orientation, the size of the
nailplate and loading conditions [1]. Depending upon the
combinations of these factors different failure
mechanisms are typically observed when loaded to
failure and include yielding of the nailplate, plate
withdrawal and failure of the timber [1].
Nailplates have been used for more than 50 years, with
patents dated at least as far as 1962 [2]. The patent
granted in 1988 [3] (Figure 1) has generally been the
design basis for nailplates currently used. This design
aims at maximising the teeth number to plate area ratio
by having 2 teeth cut per punched hole, and allowing for
fast and efficient manufacturing processes. While this
design generally performs well, its use in weather
exposed environments is limited. Due to large variations
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in the moisture content of the timber, the nailplates are
being driven out from the parent timber. This effect, also
commonly referred to as “backout”, has been also
recently observed in indoor environment [4,5]. Observed
backout phenomena in [5] are shown in Figure 2 and
Figure 3.
Specifically, the backout effect is mainly attributed to
the repeated shrink-swell of the timber under cyclic
variation of its moisture content, also referred to as the
mechano sportive effect [5]. While the mechano sorptive
effect is a natural phenomenon (yet to be full explained
[4]), it is known to induce mechano sorptive creep, an
effect that is increased with larger moisture variations
[4]. Poor handling during the manufacturing process can
also lead to backout phenomena [5].
Paevere et al. [5,6] performed experimental tests on
nailplated joints and showed the influence of the
nailplate backout effect on the capacity of the joints. A 1
mm backout (~12% nail length) was found to result in a
25% reduction in joint strength, while a 2 mm backout
resulted in a 45% loss in strength, i.e. nearly half the
capacity of the joint.
The CSIRO (Commonwealth Scientific and Industrial
Research Organisation) in Australia examined the
atmospheric conditions within the roof space for the
purpose of finding the conditions that would lead to
mechano soprtive backout [6]. This enabled a microclimate model, which can predict and simulate actual
roof space environments based on the Australian Bureau
of Meteorology, to be created.
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It was found that the surface equivalent moisture content
(SEMC) of the timber in roofs without a moisture barrier
(sarking) varied between 2% and 18% in summer, while
sarked roofs only vary between 5% and 11%. In winter
the SEMC varied between 7% and 22%, and 10% and
22% in non-sarked and sarked roofs, respectively. This
larger variation of moisture within the timber in nonsarked roofs would lead to larger shrinking and swelling,
and ultimately leading to accelerated mechano sportive
backout of the roof nailplated trusses.
The CSIRO also conducted a series of shrink-swell tests
to investigate the effectiveness of sealants being placed
along the length and on top of the nailplate in retarding
the backout effect. Parameters such as timber species
and sawing orientation (back-sawn and quarter sawn)
were also changed. The samples were wet (using a spray
bottle daily) and dried (at room conditions) 800 times. It
was found that one type of sealant, proved effective in
reducing the nailplates from backing out (no
measurements were reported), while the timber species
and sawing type had no discernible influence on the
nailplates. The average nailplate withdrawal (under no
load and sealant) was 3.02 mm after the 800 cycles
(0.398 mm after 100 cycles). With respect to the sealant,
concern was expressed over the increased manufacturing
and material costs associated with the proposed sealants.
In view of the previous observations, four
recommendations to reduce nailplate backout were
proposed in [1]:
1.

2.

3.

4.

Figure 1: ailplate tooth pro ile pu lishe in
mit et al

patent y

Figure 2: ooth ith ra al ithin a tension splice joint
ource

Compulsory use of sarking for all roof
constructions to reduce moisture variation
within the environment and therefore reducing
the rate of the mechano sorptive backout.
To examine the feasibility of reducing the
design nailplate capacity by a factor for
permanently loaded joints in order to over
design the joints
Explore tooth profile redesign to design a nail
that may increase the force required to pull out
the nail and ultimately preventing or slowing
down backout.
Further explore sealant treatments on critical
joints to slow down the backout

The third recommendation may also have the added
benefit of increasing the structural loading capacity of
the joint under normal loading conditions. As previously
mentioned, when loaded to failure, nailplate withdrawal
is one of the most common joint failure type [1].
Therefore increasing the withdrawal resistance of the
nailplate should both increase the overall capacity of the
joint and prevent the nailplates from backing out under
moisture cycling.

Figure 3: ooth ith ra al o a nailplate at a right angle
joint ource

Groom [7] investigated if coating the nailplate teeth with
an epoxy resin would influence the backout rate. Results
showed that the epoxy coating had no influence on the
backout rate after 8 mild cycles (with moisture content
(MC) ranging between 9 and 15%), however it proved
effective in reducing the nailplate backout by
approximately 25% after eight severe moisture cycles (519% MC). The application of the epoxy also increased
the strength and stiffness of the nailplated joint by up to
9% and 28%, respectively. While the increase in strength
remained throughout the moisture cycles, the increase in
stiffness was rapidly lost. The epoxy glued joint and the
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control non-glued joint lost 67.2% and 49.8% of their
initial stiffness after one severe moisture cycle,
respectively. Some level of deterioration of the adhesive
interface between the nail and the timber must have
therefore occurred after of the first severe moisture
cycle.
This paper investigates recommendation #3 in [1] with a
range of tooth profiles being designed using two
different approaches to limit the tooth withdrawal. The
first approach being investigated herein consists of
redesigning the nail profile to provide additional
mechanical resistance to counteract the backout forces.
The second consists of redesigned the nail to be used
with adhesive. The efficiency of the new designs was
investigated through a series of quasi-static push-pull
tests and moisture cyclic testing to replicate mechano
sportive backout. Results are presented and discussed in
the paper.
This paper represent the first step in a project aiming at
identifying appropriate tooth profiles to be used with or
without adhesives, and that can provide comparable joint
strength and stiffness to existing designs, but with
increased backout resistance under moisture content
variation.

2 DESIGN CONCEPTS
2.1 GENERAL
Based, on industry feedback, the following limitations
were imposed on the concepts presented in Sections 2.2
and 2.3:
1.
2.
3.

2 nails need to be punched per hole, as shown in
Figure 1, to maximise the number of teeth over
the plate surface area ratio;
The nails need to be able to be punched using
existing manufacturing techniques/equipment
and at the current production rate;
Nails must be punched from currently used
cold-formed steel coils.

The designs were tested on 4.5 mm wide nails
(approximately 35% larger than exiting nailplate nails).
The nails were laser cut (with +/- 0.1mm accuracy) from
nominal 0.95 mm thick steel sheets, representing the
exact same steel sheets used to manufacture nailplates in
Australia. Figure 4 shows the base nail design (BD) from
which the new designs were derived.
2.2 MECHANICAL DESIGNS
Existing design’s resistance to withdrawal is solely
based on friction developing between the nails and the
timber. As the nailplate withdraws from the timber, the
friction surface is reduced, therefore reducing the friction
force and eventually leading to both a reduced joint
capacity and resistance to withdrawal. In order to
compensate the loss of frictional force during withdrawal
and therefore prevent the nailplate from backing out,
hooks are proposed to be shaped within the tooth profile.
The concept aims at grabbing the timber as the nail
withdraws, with the hook either folding when entering

the timber and unfolding during withdraw or taking an
alternative path to the entry one on exit.

a
Figure 4: ail ase esign

a photo an

imensions

The exact details of the designs are not given herein due
to proprietary rights; however some of the inspiration
came from natural mechanisms. One such example is the
cactus spine which developed microscopic anchors [8]
that allow the spine to penetrate objects with relative
ease but cause significant damage on removal. While it
is not possible to replicate microscopic hooks on
0.95mm thick steel sheet, the principle can still be
adopted and investigated.
Initially four mechanical design principles were
investigated with 3 to 5 variations (dimensions and angle
of hook) for each design, totalling 18 different designs.
Based on the push – pull tests developed in Section 3,
only the best two designs were further analysed under
moisture variation in Section 4, and are reported in this
paper. These two designs are referred herein as
Mechanical Design 1 (MD1) and Mechanical Design 2
(MD2).
MD1 consists of a hook bent at the tip of the nail while
MD2 consists of a hook bent away from the tip of the
nail
2.3 ADHESIVE DESIGNS
The adhesive approach focuses on maximising the
effectiveness of the adhesive by providing mechanisms
to allow the glue to penetrate into the timber. As
discussed previously, Groom [7] investigated the
effectiveness of the epoxy in reducing nailplate backout
due to moisture cycling. However it is likely that the
glue was forced to the base of the nail (connection with
the plate) with limited glue penetrating into the wood.
The high rate of degradation of the benefits obtained
from the application of the glue in [7] also likely resulted
from the high stiffness and brittle nature of the epoxy
resin used. It is plausible that a more ductile adhesive
(used in this study) would increase the effectiveness of
the adhesive after moisture cycling.
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Three different designs were investigated and reported
herein. Adhesive Design 1 (AD1) and Adhesive Design
2 (AD2) have a redesigned nail profile to allow the glue
to penetrate the timber with the nail, while Adhesive
Base Design (ABD) is the based design nail shown in
Figure 4 with glue, investigated for comparison
purposes.

3 PUSH – PULL TESTS

The adhesive design were dipped into a structural
adhesive before pushing the nails into the timber and the
adhesive was left to cure for a minimum period of 12
hours before withdrawing the nails.
The criteria used to assess the effectiveness of the
designs include: (i) the maximum force required to press
the nail into the timber, (ii) the maximum force required
to withdraw the nail and (iii) the work required to pull
the nail out in its entirety.

3.1 METHODOLOGY

3.2 RESULTS AND DISCUSION

A series of quasi-static push in and pull out tests were
conducted to determine the maximum force required to
push the nail 11 mm deep into the timber and completely
withdraw (pull out) it from its support. Observations
regarding the damage induced to the timber by the
studied designs upon entry and withdrawal were also
made.
The
tests
were
undertaken
following
the
recommendations in the Australian standard AS1649 [9].
One mechanically graded (MPG10 grade) structural
lumber piece (70 x 35 mm) was used to conduct the
tests. The timber was kiln dried untreated softwood.

Loading head

LVDTs
Loading
shaft
Nail

Figure 5

Timber
piece

ush- ull test set up

The load was applied through a 30 kN Lloyds universal
testing machine, fitted with a 2.5 kN load cell. The push
in and pull out stroke rate applied was 2.5 mm/min. The
vertical displacement of the nails was measured as the
average recording of two linear variable displacement
transducers (LVDTs), positioned on both sides of the
moving head of the testing machine.
In total, five tests were performed per design with each
nail driven in a different 60 mm long piece. The test set
up is shown in Figure 5. The timber was not conditioned
before testing and left at ambient temperature and
relative humidity.

The average maximum recorded push in and pull out
forces and the work required to remove the nail are
summarised in Table 1. The Coefficient of Variation
(CoV) over the five tests performed per design is also
reported in Table 1. Selected withdrawal forcedisplacement curves for each reported designs are shown
in Figure 6 to Figure 11.
While the push in force of MD1 is 25% larger than the
force required for the base design, the load did not
exceed the buckling capacity of the nail and the nail was
able to penetrate the timber.
The pull out force of the two mechanical based designs
is similar to the one observed for the base design (within
~10%), however the effectiveness of the nail to resist
withdrawal after overcoming the friction force is
significantly enhanced. For the base design, the load
suddenly drops to about 20% of its maximum value after
overcoming the friction (Figure 6), while for the
mechanical designs, a load in the order of magnitude to
the maximum load is usually maintained until the nail
withdraws by about 6 mm (Figure 7 and Figure 8). This
phenomenon is a result of the hook on the nail
“grabbing” timber fibres as the nail withdraws. This is
demonstrated by the damage the hook causes to the
timber after withdrawal, as shown in Figure 12. Figure 13
shows the damage to the timber done by a base design
for comparison.
These results imply that a nailplated joint may not
significantly lose its strength after a 1 mm tooth
withdrawal (as observed in [5]) if the proposed
mechanical based design are used. This will in return
likely extend the life and capacity of the joint beyond
what is currently observed.
The mechanical designs also showed significant
increases in the total work required to withdraw the
nails. Approximately, 450% and 365% more work was
required for MD1 and MD2 respectively when compared
to the BD.
ABD, AD1 and AD2 all showed significantly increased
mechanical performance. The adhesive did not require
additional push in force when compared to the BD but
resulted in approximately a 50%, 200% and 290%
increase in maximum withdrawal force for ABD, AD1
and AD2 respectively. The effectiveness of the adhesive
to bond with the glue was demonstrated by timber fibres
being removed with the nail. Figure 9, Figure 10 and
Figure 11 show that the nails with adhesives had similar
force withdrawal curves to the base design (Figure 6)
indicating that once enough force was applied to
overcome the initial friction and glue bonds, the
withdrawal resistance is greatly diminished. Yet, the
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amount of work required to remove the glued nails in in
the same order of magnitude to the mechanical designs.
Table 1: ush – ull test results summary

Push in force Pull out force
Work
Max COV Max COV
Total
COV
(kN)
(%)
(kN)
(%) (kN.mm) (%)
BD
267
4.3
87.7
30.1
79.3
35.6
MD1
364
9.9
90.1
7.7
435
14.2
MD2
282
3.3
96.6
16.7
369
53.8
ADB
276
18.3
129
47.1
306
61.6
AD1
252
11.2
265
10.3
336
9.3
AD2
275
14.8
343
26.8
411
43.4
Note: 5 tests per design category
Figure 8: ypical ith ra al orce plot or mechanical esign

Figure 6: ypical ith ra al orce plot or ase esign

Figure 9: ypical ith ra al o a hesi e ith ase esign

Figure 7: ypical ith ra al orce plot or mechanical esign

Figure 10: ypical ith ra al o a hesi e esign
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Figure 11: ypical ith ra al o a hesi e esign

Figure 12: ypical amage cause
mechanical esign

rom the ith ra al o

Figure 13: ypical amage cause
ase esign

rom the ith ra al o a

4 CYCLIC TESTING
While the new designs have improved the withdrawal
performance of the nail, the increased manufacturing
effort and resources are unlikely enough to justify the
use of such designs solely based on the quasi-static
withdrawal performance. This section outlines the
procedure adopted to investigate the design’s rate of
withdrawal under an accelerated moisture cycling
procedure.
4.1 METHODOLOGY
In order to induce mechano sorptive backout in a short
time frame, a technique was developed to wet the timber

to a targeted minimum of 19% moisture content and dry
the timber to a targeted minimum of 5% in a one day
timeframe. These targets were based on the microclimate
recordings made by the CSIRO [6], which established
the SEMC could vary between 2% and 22% annually,
and the experimental studies by Groom [7] that induced
significant mechano sorptive backout with moisture
variations between 5% and 19%.
Specifically, a number of different techniques were
investigated to achieve this moisture cycling with mixed
results. Methods tested to wet the timber included the
use of an autoclave (at 136oC and 195 kPa), soaking the
pieces in room temperature water or warmed water
(60oC), vacuuming the timber pieces under water (to
remove the air and replace it with water deep into the
timber) and hot steam the pieces in a close environment
at atmospheric pressure.
These techniques were complimented with using either a
dehydrating oven or air driven kiln to dry the timber to
less than 5% moisture content. Due to resource
availability and effectiveness, the use of hot steam to wet
the timber and a dehydrating oven set at 42oC to dry the
timber was preferred. This technique was able to drive
the nails out more effectively than the vacuum and
soaking in water techniques and is closer to reality where
the timber is absorbing water in the form of vapour and
not in liquid form.
In order to achieve the minimum targeted moisture
content within the specimens to be tested, the specimens
were subjected to steam for 3 hours in a container
promoting steam flow through the specimen, and dried
on average for 19 hours. This drying rate was chosen to
ensure it would limit end checks in the timber. At the
end of each wetting and drying cycle, the samples were
weighted and their moisture content was determined at
the end of the overall test procedure using the oven dry
method in the Australian and New Zealand standard
AS/NZS 1080.1 [10].
Mechanically graded MPG 10 softwood, 70 mm x 35
mm, structural lumbers were also used for the cyclic
testing. The lumbers were cut into 60 mm long pieces
and two nails were pushed into each piece, consisting of
one base design for reference and one new design. In
total, ten nails were used per design, totalling 50 timber
pieces and 100 nails. A minimum spacing between nails
of 30 mm was used. To further verify the findings in [6],
where the timber cutting type does not affect the
withdrawal rate, six of the ten timber pieces per design
were flat sawn and the remaining four were quarter
sawn.
A total of 36 cycles were completed (two cycles
corresponding to one complete wetting and one complete
drying phase). After each cycle, recordings of the nail
height, timber width and thickness were taken using a
digital veneer calliper with a 0.01 mm accuracy. The
weight of the each piece was also recorded.
4.2 RESULTS AND DISCUSSION
The average progressive backout of the base design (BD)
and the investigated designs, along with the moisture
content variation recorded from the cyclic tests, are
shown in Figure 14 to Figure 18 for all designs. Figure
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19 plots the average backout ratio expressed as the
amount of backout of the invesigated design divided by
the amount of backout of the base design (ratios greater
than 1.0 represent faster backout of the new design
relative to the existing design).
The performance of the mechanical designs, MD1 and
MD2, is similar to or worse than the based design up to
the 20th cycle. As shown in Figure 19, MD1 initially
backs out 50% more than BD, while MD2 backs out at
the same rate as BD. However, after 20th cycle (i.e. about
0.4 mm backout), the backout of MD1 slowed down and
the nails backed out similarly to the base design,
indicating that the hook started grabbing timber. MD2
backs out at the same rate as BD till the 20th cycle, and
backs out about 25% less than BD when the hook grabs
timber, as shown in Figure 15 and Figure 19. MD1 had a
larger hook than MD2 and induced more damage when
the nail penetrated the timber, likely explaining why
MD1 did not performed as well as BD during the first
20th cycles, when the hook did not grab timber.
The delay in the effectiveness of the mechanical designs
are in line with the results observed from the push – pull
tests in Section 3 where the mechanical designs took 1 to
2 mm of withdrawal (Figure 7 and Figure 8) to fully
develop their maximum withdrawal force. While this 1
to 2 mm of withdrawal has not being achieved within the
30 cycles undertaken, the effectiveness of MD2 to retard
the backout is observed. Yet, further cycles are needed to
investigate fully investigate the effectiveness of MD1
and 2.
With respect to the adhesive designs, no backout is
observed for AD1 and AD2, while the glued base nail
design (ABD) backs out about 50% less than the base
design (BD). While simply applying glue to ABD
significantly slows down the backout rate, the
performance of AD1 and AD2 clearly indicates the
benefit of providing means for the glue to penetrate the
timber profile.

Figure 15: Cyclic results or

echanical esign

Figure 16: Cyclic results or a hesi e ith ase esign

Figure 17: Cyclic results or a hesi e esign
Figure 14: Cyclic results or

echanical esign
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and the work required to remove the nail from the timber
for each new design was larger than the currently used
design. The mechanical based designs have shown some
trend to reduce nail backout after 36 accelerated
moisture cycles, however more cycles are needed to
clearly see this trend. The addition of adhesive to a base
and a redesigned tooth profile have significantly
increased the performance of the nails under quasi-static
testing and accelerated moisture cycling. The
incorporation of mechanisms to help the glue penetrate
the wood profile has significantly increased the nail’s
performance.
This paper leads a pathway to use new techniques to
resist nailplate backout and eventually improving the
structural performance and reliability of timber trusses.
Figure 18: Cyclic results or a hesi e esign
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CHARACTERIZATION OF THE HALVED AND UNDERSQUINTED
SCARF CARPENTRY CONNECTION.
Perria Elena1, Paradiso Michele2, Kessel Martin3, Sieder Mike4

ABSTRACT: The purpose and behaviour of joints in the structure is very important during the study of a structure. Scarf
joints significantly affect the general stiffness of a structure. Very often, the lack of good rational methods in design
practice with respect to risk for perpendicular to grain fracture brings to a generalized presence of errors in phase of
strengthening or design timber structures. Experimental tests and analytic models for the description of the halved and
undersquinted scarf are presented. These are the evidence and the basis for the future development of the more complex
splayed and tabled scarf joint with key behaviour. The description of such carpentry connection is of importance in a
scientific field for the knowledge of the mechanical behaviour of old timber systems and many applications in the
structural analysis.
KEYWORDS: timber structure, carpentry connection, halved and undersquinted scarf, heritage

The knowledge on the carpentry joints is mainly praxis
and know-how based on the good practice of expert

carpenters. In the last two decades wood-wood
connections has been studied from various researchers
and important steps has been done.
Because of his diffusion, design rules for the mortise and
tennon and also the notched joints, have their counterparts
in some Spanish and German standards. [4, 5 - 6]. The lap
joints and the scarf joints are also very diffused in original
old structures and for their reparation, or in modern
structures; nevertheless, the few research campaign have
been conducted are not necessary to develop some design
or reparation rules. The few research on the scarf family
focuses on the tensile resistance of the splayed and tabled
scarf with key, also called Jupiter joint [15] and the halved
and table tennoned scarf, from [1]. About the bending
resistance, the study carried out by TRADA [17] suggest
that the limiting moment capacity for the scarf joint is
only equal to one third of the strength of the correspondent
unjointed beam. More, an analysis about the bending
capacity of various types of scarf and the reinforcing
effect of wooden pegs was done by [9].
The present research is demonstrating that the design
equations developed for notched beams contained in the
EU5 [7, section 8.6.1] and applied for the analysis of some
kind of scarf joints are not reliable for the anticipation of
the load-bearing behaviour. Furthermore, according with
[15], also the approach to the shear resistance of old
carpentry joints that refers to standard shear tests for
contemporary structures may be not suitable for old

1

3

1

INTRODUCTION 123

What it is due to remark on the behaviour of structural
joints is that they govern the stress capacity of the whole
structure. It is critical that a joint could be able to carry
and transmit loads successfully, because they can be a
point of weakness (or force) for the structure. The nature
of the hand crafted old structures is very uncertain; in first
stand, the imperfections are intrinsic with the nature of the
workmanship, then the variety of geometries and
employed wood, adds unreliability about any certain
understanding on the carpentry structures’ behaviour.
Consequently, in first stand it is appropriate to generally
understand the structure and make some specific
assumptions about the purpose and behaviour of the
joints, because they normally governs the whole strength
and stiffness of the structure.
The first step to this overall understanding is the
description of the employed carpentry joints behaviour
through a static model. This is of importance in a scientific
field for the knowledge of the mechanical behaviour of
old constructional systems and many applications in the
structural analysis with the aim of reinforce and
restoration of old timber structures.
1.1

State-of-the-art on the wood-wood connections
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structures, because there is expected a non-realistic
uniform moisture content and distribution of forces. Some
more research is needed.
The generalized presence of wooden frame buildings or
part of buildings in the European and North American
area, and the relatively numerous developed
investigations, have no counterpart in the European and
North American codes and regulations for what concerns
wooden-wooden connections. The lack of good rational
methods in design practice with respect to risk for
perpendicular to grain fracture [2] brings to a generalized
presence of errors in phase of strengthening or design e.g.
overlapping of unsuitable techniques during the
remodelling of existing structures, or over-dimensioning
of structures in case of new structures.
Because of the variety of all this intrinsic uncertainties, a
good understanding of how the joints work and how the
forces are balanced is required, in order to develop design
and reinforcement specification for joints [3].

2

THE HALVED AND
UNDERSQUINTED SCARF JOINT.

simple halved one, because the undersquinted end
improves bending strength and resistance to seasoning
twist of the joint [16]. The pieces can be assembled
together with modern mechanical fasteners (screw, bolts),
or traditionally with wooden pegs to improve torsion
resistance and resist to tension loads. In the present work
the analysis of the effectiveness of the mechanical
fastener is decided to be neglected because they are
considered as a reinforcement for the joint. It is in fact
demonstrated [9] that the effectiveness of the wooden
pegs improve the general performances of the joint, but is
not necessary for the effectiveness of the specimen.
Furthermore, the failure of each of the tested scarf joints
demonstrated that the first failure mode of the timber was
the shear/failure in the point B (cleavage) instead the shear
failure of the pegs, since the cleavage of the timber
required less energy than shearing the pegs.
Once excluded the analysis of the presence of mechanical
fasteners, the basic load transmission mechanism among
the member is via contact pressure and friction on the
notches and contact surfaces. Eccentricities caused by the
imperfect geometry brings to an irregular and eccentric
distribution of forces. This conditions, are neglected for
the developing of the analytic models and the basic
hypotheses under which this work is developed are: Hp1:
compression force between the joint’s surfaces; Hp2:
presence of friction force for the transmission of the loads;
Hp3: perfect adherence between the surfaces. The
imperfections are considered as parameters of study and
inserted later on in the mechanical model of the structure
the joint is part of. The friction is also taken into account
for chosen loading conditions and failure modes.
2.2

Figure 1: The halved and undersquinted scarf joint

2.1

Geometry, diffusion and structural behaviour

Among the lengthening joints, the “scarfing” method can
be further divided in three classes of scarf: halved,
splayed, and bridled.
A basic halved scarf, also called half-wood or half-lap is
probably the simplest to fashion and thus the most
abundant to find in structures all over the world. It was
usually used in large span structures, in order to enlarge
length of beams, tie beams, or protract high columns. It
consists in one piece projecting and fitting into the
recessed portion of the other. The lap surfaces are parallel
with the timbers’ and the abutments are shaped with a α
right angle. It performs well in axial compression but has
moderate shear strength and no bending or tensile
strength. A considerable improvement of the basic halved
scarf joint is the halved and undersquinted scarf. Halved
refers to the cut of the horizontal surface, that is in
correspondence of the half of the timber cross section.
undersquinted refers to the angle for the abutments, or
squints. The angle of the lower squint is not necessarily
the same as the angle of the upper one; nevertheless, in
the present work the two angles are considered equal and
equal to an angle α. Shallower angles increase the
likelihood of splitting at the notch, more than bigger
angles. This joint is a considerable improvement to the

Experimental campaign and static models.

The present study examines the behaviour of the halved
and undersquinted scarf under pure compression, pure
bending and combined compressive and bending load. In
the paper, some laboratory tests are presented as the
evidence and the basis for the development of different
analytic models.
During the laboratory tests was observed that the along
the loading process the connection showed a non-lineargeometric behaviour. However, that non-linear behaviour
can be simplified in a sequence of static models where in
different loading-instants the position of such resultant
forces is described through proper parameters. This
phenomena is commented in [14] and further analysed in
the following paragraphs.

3

3.1

ANALYTICAL
CHARACTERIZATION OF THE
HALVED AND UNDERSQUINTED
SCARF.
The analytic models

In the present section, two analytic models are described.
The model (ii) (Fig. 3a) describes the configuration with
the generic angle α, where the influence of the static
friction μα on the surface AB, influent for the earlier
stages of the loading process (small force F and small
bending moment M), is considered. The model (vii)
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(Fig. 3b) describes the configuration where the
contribution of the friction force is negligible due to the
“reinforcing effect” of the compression force.

Figure 2. Definition of the parameters ε1,

ε2, ε3, εF.

Figure 4. FC1.2 study of μα for angles 0°≤α≤90°.

LS1(ii): f µα ; ε1; ε 2 ; ε 3 ; ε F ; F ; M  :
F=

M
h
⎡ ⎛
ε 2 ⎞⎛ cos α + µ α sin α ⎞ ε F  ε 2  ⎤
⎟
⎟⎜
⎥
⎢ 2⎜ ε 1 
4tanα ⎠⎜⎝ sin α  µ α cos α ⎟⎠
2
⎢⎣ ⎝
⎦⎥

(6)

The equilibrium equation (6) describes the equilibrium
path followed by the specimen along the loading process,
until failure.

Figure 3. a) Equilibrium configuration (ii); b) Equilibrium
configuration (vii).

3.2

F2,  µα = F2,//

Model (ii)

Summary of the value of the resultant forces (ii):
cos α + µ α sin α
sin α  µ α cos α

(1)

⎡h
⎤
M + F ⎢ ε F  ε 2 ⎥
⎣2
⎦
⎡ ⎛
ε 2 ⎞⎤
⎟⎥
⎢ 2 h⎜ ε 1 
4 tan α ⎠⎦
⎣ ⎝

(2)

F1, = F

F1, =

F2,

⎧M
⎡
ε 2 ⎞ ε F  ε 2  ⎤ 
cosα
⎛
=
⎟+
⎨ + 2  F  ⎢tan α ⎜ ε 1 
⎥
ε2 ⎞ ⎩ h
4 tan α ⎠
4
⎛
⎝
⎣
⎦
2⎜ ε 1 
⎟
4tanα ⎠
⎝

(3)

3.2.1
The compression force on all the surfaces
The inequality
(4)

F1,  0

describes the limit of validity of the static model (ii)
according with the basic hypothesis of compression on the
joint’s AB surface. At the same time, this boundary
condition describes the range of values that μα assumes in
the correspondent model.
S1: tan α  µα   1

tan α

3.2.2
The parameter μα
The static friction force μα results from the two facing
surfaces AB being pressed together closely; it is thus the
force exerted by the surface that makes an effort to move
across it. The maximum amount of friction force that a
surface can exert is

(5)

As a further condition, both the (4) and (5) give a
definition of F1, . From the equivalence, the equilibrium
condition (6) is obtained.

(7)

The value of friction changes along the loading process.
As it will be demonstrate, friction depends upon the nature
of the two surfaces and upon the degree to which they are
pressed together. According to (ii) it is defined as:
µα =

F1, sin α  F cosα
F sin α + F1, cosα

(8)

The friction force is a parameter that depends on the angle
α of the squint. The value of initial friction, in case of pure
bending loading, is:
(9)
µα = tanα
This initial value, depending only on geometric variables,
decreases up to the value of μα = 0, correspondent to the
F2,// = 0. The change of direction of the vector force F2,//,
together with the increased values of F, maintain the
joint’s laps together. The detailed description of the
importance of the understanding of the μα is later
demonstrated with experimental evidence.
3.2.3
Failure modes
The failure modes (FM) are three and are following
described as:
II.
Shear/tension perpendicular to the grain
failure in the point B.
III.
Combined shear/tension perpendicular to
the grain failure in the point B and C.
IV.
Buckling.
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3.2.4
Limit states
The static models provide limit states (LS) that reflect the
three failure modes observed during the experimental
campaign:
• LS1: equilibrium limit state. It is described by the
equilibrium equation (6). Critical parameters that
bring to the failure are geometric parameters.
• LS2 and LS3: limit states associated with the failure
mode shear/tension perpendicular to the grain. The
failure modes associated with the LS2 and LS3 are
respectively the FM II and FM III. The critical
parameters that bring to the failure are the strength and
stiffness of the material and geometric parameters.
LS1(ii)
The equation (6) describes the limit state or equilibrium
state LS1. This equilibrium equation describes the loading
path of the specimen demonstrated in the paragraph 5.2.
More, in the particular case μα = 0 is verified:
⎡ 1 ⎛
ε 2 ⎞ ε F  ε 2  ⎤
M
= 2F ⎢
⎜ε1 
⎟
⎥
4 tan α ⎠
4
h
⎦
⎣ tan α ⎝

(10)

LS2(ii)
(11)

F1,  F f
F

ε F

⎡
ε2 ⎞ M ⎤
2
⎛
2  F f  ⎜ ε1 
⎟
4 tan α ⎠ h ⎥⎦
 ε 2  ⎢⎣
⎝

(12)

In the LS2, it is contained the information about the
position of the point of application of the resultant forces
F2, and F1, . It is clear how the position of these two
forces are of basic importance for the description of the
load bearing capacity of the connection. With the
changing of position of the parameter ε1 or ε2 (Fig. 2) the
load bearing capacity of the joint increases [14].
LS3(ii)
In the LS3, the basic information is the value of static
friction μα and the amount of applied external force F.
F1, = F
F

cosα + µα sin α
 Ff
sin α  µα cosα

cos α + µα sin α
 Ff
sin α  µα cos α

(13)
(14)

In this case the load bearing behaviour is determined by
the inclination of the squint and the consequent friction
coefficient.
The latter two failure modes refer to the value Ff = Fu ,
that is the maximum value that the force F can assume.
The Ff, value of the force that is necessary to start the
failure in a cracked beam, is defined by [8]. Basic
information and the significance of Ff are analysed in the
section 5 of the present work.
3.3

Model (vii)
F
tan α

(16)

⎧ ⎡ ε  ε 2 
ε 2 ⎞⎤ M 
1 ⎛
1
+
F3, = ⎨F ⎢ F
⎜ ε1 
⎟⎥  
α
α
4
tan
4
tan
2
h
⎛
⎝
⎠
⎦
⎣
⎩
 ⎜ cosα  ε 2 + ε 3 ⎞⎟
4 sinα ⎠
⎝

(17)
3.3.1
Limit case (vii) = (ii)
This limit case demonstrate the consequential order of the
two models (ii) and (vii). The equilibrium condition (10)
for (ii) in case μα = 0 is in fact verified for the model (vii)
in the case
(18)

F3,  = 0

3.3.2
Failure modes
The expected failure modes identified for the model (vii)
are mainly 2:
I.
Compression inclined to the fibers in the
surface CD
II.
Shear/tension perpendicular to the grain
failure in the point B.
III.
Combined shear/tension perpendicular to
the grain failure in the point B and C.
The failure I, expected during the elaboration of the
analytical model, was later on discarded without
counterpart in the experimental campaign.
3.3.3
Limit states
The static model provide one limit state that reflect the
failure modes FM II and FM III registered during the
experimental campaign. The LS4 depends on strength and
stiffness of the material and geometric parameters.
3.3.4
LS4 (vii ):
For the fracture in B

(15)

(19)

F2,  cosα  F f , 2

For the fracture in C:
(20)

F3,  cosα  F f ,3

The analytic evaluation of the FM II and FM III is done
according with the Gustafsson formula of the energy of
failure. The parameter a i is evaluate as follows:
•
failure in B, FM III:
(21)
F f , 2 a 2  :
a2 = e2  cosα = ε 2  l AB  cosα = ε 2 

•

F f ,3 a3  :

failure in C, FM III:

a3 = e3  cos α = ε 3  lCD  cos α = ε 3 

Summary of the value of the resultant forces (vii):
F1, =

F2,

⎧
⎡ ε 2  ε F 
ε 2 ⎞⎤ 
1 ⎛
M
+
⎟⎥ ⎪
⎜ε1 
⎪
⎢
4
tan
4
tan
α ⎠⎦ ⎪
α
1
⎝
⎪
⎣
2
h
= F⎨

+
ε + ε3 ⎞
⎛
⎪ sin α
⎪ ⎛⎜ cosα  ε 2 + ε 3 ⎞⎟
⎜ cosα  2
⎟
⎪
⎪ ⎝
4 sin α ⎠
4 sin α ⎠
⎝
⎩


h
h
 cosα = ε 2 
2  sin α
2  tan α

(22)
h
h
 cos α = ε 3 
2  sin α
2  tan α

The failure mode FM III fracture in C is evaluated
changing the direction of the bending moment M, thus the
fibers in C belongs to the second half of the specimen. The
adopted formula is thus the (23).
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⎧

ε +ε ⎞
⎛
⎜ cosα  2 3 ⎟
⎪
⎪
4 sinα ⎠

cosα
 M
⎪
⎪
⎝
F  ⎨Ff ,3 +

+
ε
ε
2
h
⎞
⎛
⎡


ε ε
ε ⎞⎤
1 ⎛
⎪
⎜ cosα  2 3 ⎟ ⎪ cosα ⎢ 2 F +
⎜ε1  2 ⎟⎥
⎪⎩
⎪
4
sin
α
4
α
tan
4
tan
α ⎠⎦
⎠
⎝
⎝
⎣

(23)

4

EXPERIMENTAL
CHARACTERIZATION OF THE
HALVED AND UNDERSQUINTED
SCARF

4.1

The specimen are prepared from artificially dried solid
timber beams of 6.5 m of length with a cross-section of
b = 60 mm h = 140 mm. The wood specie is Picea abies
(Spruce) of timber class C24. The specimens are stored at
a temperature of t = 20° C and a relative humidity of 65%.
The following table summarizes some of the samples with
the respective properties [13].
Table 1: moisture content, density and average ring width of
the specimen (from [13]).

α = 45°
α = 30°

Moisture
content
[%]
16.5
17.1

Density
[kg/m³]
422.4
512.3

Average
ring width
[mm]
2.4
1.9

The properties used for the analytic calculations are the
ones contained in the EN 338:2002 and EN 1912:2004 for
the timber class C24.
The Figure 5 represents the specimen. The facing adjacent
surfaces are in contact. The peaks in correspondence with
points B and C are cut-away to avoid the split-effect that
can anticipate the failure. The two considered angles for
the squints are α = 30° and α = 60°.
The test machine used is the combination of two
subsystems, two hydraulic jacks, one for vertical loads
and the other for the horizontal loads. The pistons move
respectively vertically up and down (FI) and left-right
(FII) in a linear guide. The Piston I is used for the
application of axial forces (Fapplied = FI) and the Piston II
for the application of bending moment (Fapplied = FII). The
force is exerted on the test specimen by means of movable
cross-heads fixed to the fixed frame. The head of the
Piston II is provided with a head for the application of
bending moment to the specimen. The applied test
procedures are two.

Figure 5: Test installation of the specimen

N = FI
M =

Material and methods

Geometry

4.1.1
PROCEDURE 1 (P1)
The application of the load according to P1 is described
by the separate and consecutive loading of the specimen
by means of the Piston I and Piston II. Both pistons work
with load or stress-controlled mode.
The relation among the applied FII force and the bending
moment M and the relation among the applied FI force and
the normal force N are defined by the following (24) and
(25).

FII
FH
2

(24)
(25)

In the P1, an interesting phenomena described as passive
response on the Piston II and Piston I was registered. The
passive response consists in the presence of a passive
force F on the inactive piston. Following two cases are
described.
a)
The activation of the force FII causes the passive
response FI,passive (FI,passive = FI ) on the Piston I. Referring
to the Figure 6, the specimen is restrained along the axial
direction at the two extremities H and I. During the
application of the load FII, the joint rotates; therefore,
because of its geometry, the two connected elements
separate one from the other, and both the far ends displace
along the direction of the beam’s axis. This deformation
provokes the passive FI,passive compression load. The
behaviour depends on the chosen α.
b)
Similarly, the activation of the force FI on the
Piston I causes the passive response FII,passive
(FIIpassive = FII ) on the Piston II. Referring to the Figure
7, the specimen is restrained because of the presence of
the Piston II. During the application of the load FI,
because of its geometry, the joint rotates; the central part
of the connected elements bent in the direction of the
Piston II and activate the passive FII,passive compression.
This tests performed with P1 are the simulation of a
jointed beam in a real on-site-jointed-beam. The
surrounding structure is in fact a restraint for the
displacement/rotation of the beam.

Figure 6: Passive response of the Piston I
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Figure 9: N-M interaction curve for α = 60°
Figure 7: Passive response of the Piston II.

4.1.2
PROCEDURE 2 (P2)
The tests performed with PROCEDURE 2 are mixed
force-controlled and displacement-controlled mode. The
P2 is described by the separate and consecutive loading of
the specimen by means of the Piston I and Piston II. The
load FI increases with force-controlled mode up to the
chosen value of Ftarget afterwards, the FII with
displacement-controlled mode is applied until the failure
of the specimen. The hydraulic jack constantly adjusts the
specific ultimate target F (Ftarget).
The relation among the applied FII force and the bending
moment M and the relation among the applied FI force
and the normal force N are defined by the following
equation (24) and (25).
4.2

Table 2: Experimental data and failure modes of the specimens
Procedure

Fu

Ftarget

[kN]

[kN]

P1a
P1a
P1c
P1c
P1d
P1c
P1b
P1b
P1b
P2
P2

470.61

0

1345.8
879.46
0
992.66
4.78 (s)
4.78 (s)
4.78 (s)
580.37
516.98

6.41
7.87
8.4
6.17
5.48 (s)
5.48 (s)
5.48 (s)
1.98
1.98

P1a
P1d
P1d

247.65
-15.99
-15.39

0
42.00 (s)
84.51 (s)

Test results

In following Figure 8 and Figure 9 a summary of the
behaviour of the test results for the halved splayed scarf
with squint α = 30° and α = 60° is given. The Table 1
contains the description of the test results of the
mentioned diagrams, performed with both the procedure
P1 and P2, where the comparable data are highlighted.

Mu
[kN mm]

Specimen

α = 30°

R30_F0
R30_F0_2
R30_F0_bis
R30_F0_bis2
R30_M0
R30_F_M
1
R30_F_M_2
0.5
R30_F_M_3
0.25 R30_F_M_4
R30_N2_Ma
2
R30_N5_M
5
α = 60°
R60_F0
R60_M0
R60_M0_2

Note
FM shear/tension B
FM shear/tension B. Same
FM shear/tension B
FM shear/tension B
FM shear/tension B+C
FM shear/tension B
Stop first crack. Same
Stop first crack. Same
Stop first crack. Same
FM shear/tension B
FM shear/tension B
FM instability
Stopped, instability
Stopped, instability

P2

1244.16

16

16

R60_N16_M FM shear/tension B

P2

2069.34

32.06

32

P2

2601.72

47.96

48

P2

3063.82

63.97

64

R60_N32_Ma FM shear/tension B
FM shear/tension B, critic
R60_N48_M crack points also ε1=1/4 and
ε3=1/4
Test interrupted for bending
R60_N64_M of the upper plate, danger
instab.

KEY:
Comparable procedures
(s)

4.3

Stopped test (not up to break)

Failure modes

From the test, three different failure modes (FM) are
identified:
I.
II.
III.

Shear/tension perpendicular to the grain failure
in the point B
Combined shear/tension perpendicular to the
grain failure in the point B and C
Buckling

The FM II is showed for small and big angles (Figure 10a
and Figure 10b); while the FM III for only small angles
(Figure 10c) and the FM IV for only big angles (Figure
10d and Figure 10e).
Figure 8: N-M interaction curve for α = 30°
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(a)

(b)

(c)

(d)

(e)

Figure 10: (a): Specimen R30_F0 α=30° 20/01/2016 pure bending. FM II; (b): Specimen R60_F64_M α=60° 01/02/2016 bending +
compression. FM II; (c): Specimen R30_M0 α=30° 20/01/2016 - pure compression. FM III; (d): Specimen α= 75° compression +
bending a=58,3 05/06/2015. FM IV; (e): Specimen R60_F0 α= 60 pure bending. FM IV.

4.4

Conclusions

Considering the general behaviour of the halved splayed
and scarf joint, it is not possible to do a general
description of the joint’s behaviour only dependent on the
ratio F/M; in fact, the differences in the behaviour of the
joint, from the loading response, to the failure modes are
remarkable in dependence of the joint geometry.
The inclination of the squint influences:
• The failure mode;
• The load-bearing capacity.
The loading process is described through N-M diagram.
In the diagram, depending on the loading conditions, three
main failure-areas are identified. These three areas have
“shifting boundaries” depending, first, on the geometry of
the joint, second, on the kind of stressing loads, third, the
positioning of the external forces respect to the
correspondent geometry. For the specimen with small
angles and big angles, represented respectively by the
performed tests with α = 30° and α = 60°, the failure
modes are schematised in details in the Figure 11.
For what concern the α = 30°, the area that corresponds to
the FM II correspond approximately to the big majority of
the N-M diagram, corresponding to a value of applied
normal force FI = 0.88·Fu; in fact, the FM III is achieved
only by specimens loaded in pure compression. For the
small angles, the buckling failure was not registered.
For what concern the α = 60°, in the lower area of the
diagram, correspondent to pure bending and combined
bending and compressive force up to a value of
FI = 0.2·Fue, the buckling (FM IV) failure was prevalent.
From a value of 0.2·Fue ≤ FI < Fue the prevalent failure is
the FM II. For specimens α = 60° was not experimentally
possible to get values FI > Fue. Fue is not the real limit
value Fu for pure compression, but it corresponds to Fue =
80 kN, the maximum value we obtain from the machine,
for safety reasons. The failure mode for values of FI ≥ Fue,
is hypothesized to be the FM III and then the FM IV.

Figure 11: Qualitative schema of the specimen’s failure mode
for α = 30° and α = 60° (qualitative scale of the diagrams).

5

5.1

Experimental significance of the
parameters contained in the analytical
models
Variation of the ε1 along the loading process
for different α

The general behaviour of the joint was furthermore
completed with some test to determinate the precise value
of the parameters ε1, ε2, ε3 (Fig. 2) along the loading
process. The passage from the zero load to the ultimateload showed then a non-linear behaviour of the
connection; in fact, is observed that the length of the
segments AB, BC and CD reduces in dependence of the
increasing compression/bending load (Figures 12a, b, c).
To describe the change of position in the resultant forces,
F1, , F2, , F3, along the loading process, consecutive
configurations for ε1, ε2, ε3 are defined. The medium
values are defined in Table 3 for both groups of specimens
α = 30° and α = 60°.
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Active FI (Model (vii))

• maintain until Fue a perfect adherence among the
adjacent surfaces;
• the resultant force are centered on all the surfaces for
a value of load 0 < F ≤ Fue.
5.2

Table 3. Medium values for the parameters ε1, ε2, ε3 in the tests
α=30°specimen R30_M0 and R30_F0_bis_2 and in the tests
α=60° specimen R60_F0 and R60_F16_M.
Active FII (Model (ii))
α=30°
Fu values

ε1

ε2

ε3

ε1

ε2

ε3

0Fu

1/2

1/2

1/2

1/2

3/4

1/4

0,2Fu

3/4

3/16

5/8

1/2

3/4

1/4

0,4Fu

13/16

3/16

13/16

5/8

1/2

3/16

0,6Fu

7/8

1/8

7/8

3/4

1/2

3/16

0,8Fu

7/8

1/8

7/8

7/8

1/2

1/8

Fu

15/16

1/8

7/8

7/8

1/2

1/8

α=60°
0Fu

7/8

1/2

1/2

1/2

1/2

1/2

0,2Fu

7/8

1/2

1/2

1/2

1/2

1/2

0,4Fu

7/8

3/8

5/8

1/2

1/2

1/2

0,6Fu

15/16

3/8

5/8

1/2

1/2

1/2

0,8Fu

15/16

1/4

3/4

1/2

1/2

1/2

Fu

15/16

1/4

13/16

Verification of the μα parameter

The data in the Table 4 describe the model R30_F0_bis,
performed with procedure P1-b. For any of the pair of
forces recorded in different loading instants, the value of
the resultant forces and friction according with the
analytical model (ii) are described. The values of ε1, ε2, ε3
accord with the values observed in Table 3. The values of
friction described in the Table 4 and represented in the
Figure 13, demonstrate that along the loading process, the
connection follows the values of μα expected for the (5).

(Fue) 1/2 (Fue) 1/2 (Fue) 1/2

Figure 13. N-M interaction curve of the test specimen
R30_F0_bis with μα values.
Table 4. Specimen R30_F0_bis. Data test and analytical
elaboration according with (ii)
test results
α

The specimens α = 30° and α = 60° behave differently. On
one side, the α = 30° shows very evident changes in the
resultant forces’ positions along the loading process; but,
with the contemporary deformation (continuous
adherence) of the two joint’s left and right branches.
On the other hand, the α = 60° specimens show a zero load
configuration very close to the Fu configuration.
Nevertheless, in the case of low values of FI (in the order
of FI = 0.6·Fu) and presence of bending load, the FM IV
is registered. The surface AB slips on the adjacent surface.
The “jump” of the right piece on the left piece of the
specimen in correspondence of a load stress equal to Fu
is represented in the Figure 12c, in red. On the other side,
the specimen α = 60° in case of pure compression:

[°] [mm]

R_30_F0_bis

Figure 12: a) Specimen R30_F0_bis_2 (α = 30°; FII ).
Positioning of the resultant force along the loading process; b)
Specimen R30_M0 (α = 30°; pure compression). Positioning of
the resultant force along the loading process; c) Specimens
R60_F0 (α = 60°; pure bending) and R60_F16_M (α = 60°;
FI (=16kN )+ FII). Positioning of the resultant force along the
loading process.

h

a
b
c
d
e
f
g
j
k
l
m
n
o
p

30
30
30
30
30
30
30
30
30
30
30
30
30
30

140
140
140
140
140
140
140
140
140
140
140
140
140
140

ε1

0.5
0.5
0.5
0.5
0.5
0.5
0.5
0.5
0.75
0.75
0.81
0.88
0.94
0.94

ε2

0.5
0.5
0.25
0.25
0.25
0.25
0.25
0.25
0.25
0.25
0.19
0.13
0.13
0.13

II piston
lever
arm
405
405
405
405
405
405
405
405
405
405
405
405
405
405

FII

[kN]

0.04
0.06
0.093
0.134
0.274
0.52
0.813
1.078
1.146
1.633
2.897
4.332
6.375
6.646

analytic results model (ii)
I piston

M

[kN
mm]

FI=N

F2,

F2,//

0.09
0.135
0.212
0.247
0.624
1.07
1.486
1.962
1.412
2.013
3.392
5.2
7.355
7.724

0.04
0.057
0.058
0.039
0.042
0.188
0.263
0.371
-0.001
-0.003
-0.409
-1.682
-2.728
-2.95

[kN]

[kN]

F1,

[kN]

F3,

[kN]

μα

[kN]

8.1 0.01
12.5 0.018
18.833 0.056
27.135
0.09
55.485 0.208
105.3 0.312
164.63 0.515
218.3
0.66
232.07 0.707
330.68 1.009
586.64
2.05
877.23 4.057
1290.9
6.04
1345.8 6.417

0.098
0.145
0.213
0.233
0.424
0.855
1.419
1.885
1.223
1.742
2.734
3.662
5.006
5.214

-

0.448
0.423
0.272
0.156
0.067
0.175
0.177
0.189
-0.001
-0.001
-0.12
-0.324
-0.371
-0.382

Furthermore, the test R30_F0_bis verifies the LS1 (ii).
Referring to the Table 4, for the selected pair of forces,
the verification of the equilibrium condition LS1(ii)
follows:
c) M = 18.833; N = 0.005; μα = 0.534; ε1 = 0.5; ε2 = 0.25.
 0.0056  0.00565 ;
j) M = 218.30; N = 0.660; μα = 0.189; ε1 = 0.5; ε2 = 0.25.
 0.66  0.6599 ;
l) M = 330.68; N = 1.00; μα = -0.001; ε1 = 0.75; ε2 = 0.25.
 1.009  1.008 ;
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p) M = 1345.8; N = 6.417; μα = -0.232; ε1 = 0.937;
 6,417  6.417 .
ε2 = 0.125.
As already observed, the value of friction, is varies along
the loading process, and the special value of friction
µα = 0 is univocally described by (18). For the case k):
M = 232.07; N = 0.707; μα = -0.001; ε1 = 0.75;
ε2 = 0. 25.  232.07  232.523 .
The equilibrium conditions (6) describe the equilibrium
path of the specimen along the loading process, for a value
of load 0 < F ≤ Fue.
5.3

1. μα = experimental value evaluated according with
LS1(ii)
2. Ff,exp = experimental value calculated according with
LS2(ii)
For the specimen R30_F_M, fixed value of Ff,exp = 5 for
the value of α = 0.393 , the value of Fu is verified
through the (14) LS3(ii):

Verification

The prediction of the failure of the halved and scarfed
joint was not possible through the adopted models;
nevertheless, once obtained the experimental results was
possible to characterised the load-carrying capacity and
other parameters of the specimens thanks to the proposed
models (Figure 15).
In the present section, the specimen R30_F_M is
described through the limit states LS1, LS2, LS3, LS4.
For the LS4, FM III was possible to anticipate the Fu = Ff
according with the Gustafsson formula for the evaluation
of the energy of propagation of a crack [8]. With the LS1
the description of the friction parameter at the failure was
possible, and finally with to the LS3 the experimentally
Fu,exp is analytically verified. The evaluation of the Fu is
experimentally proceeded thanks to the LS2.
LS1:
Thanks to the LS1 (ii) the straight lines of constant μα are
described as in the Figure 15. In the results’ description,
the value of μα for the single specimen is evaluated
through the failure values Fu and Mu contained in the
Table 2. The specimens are ordered along the
correspondent straight line’s values of μα on the diagram.
LS2 (FM II):
The analytical values of Ff,analy for the specimens are
calculated according with the Gustafsson formula of the
energy of failure. In case of fracture in B, the formula is
(25):

F f , 2, analy  G f  b 

LS3:
Finally, the LS3 describes the Fu for the single specimen,
considering (except the pure compression load):

3
⎛ b  heff
E0  J
⎜
=


G
b
f
2
⎜ 12
a2
⎝

Fu = F f

sin α  µα cos α
cos α + µα sin α

(28)

LS4 (FM III):
For the analytic values of Ff,analy for the FM III in the
specimens are also calculated according with the
Gustafsson formula of the energy of failure. The Ff,2 for
the fracture in B is calculated in (25), while for the
fracture in C is valid the following (29).
F f , 3 ,analy 

Gf b 

E0  J
a3

2

=

3
⎛ b  heff
Gf b ⎜
⎜ 12
⎝

where the parameter a3 is evaluate as (22).

⎞
⎟ E0  1
2
⎟
a3
⎠

(29)

The experimental evaluation of the Ff,exp for the FM III is
done starting from the experimental results Fu and Mu
contained in the Table 2 inserted in the (23) for LS4(vii).
F f ,3, exp = 8 kN

(30)

The following Figure 14 reflect both the analytical and
experimental evaluation of the FM III (vii).

⎞
⎟ E0  1
2
⎟
a2
⎠
(25)

where the parameter a2 is evaluate as (21).

The experimental evaluation of the Ff,2 for the FM II is
done starting from the experimental results contained in
the Table 2 inserted the LS2 (ii) (11).
For the specimen R30_F_M the following analytic (26)
and experimental results (z) follow.

F f , 2 , analy = 19 .38 kN

(26)

F f , 2 , analy = 4 .92 kN

(27)

In the Figure 16 is thus represented the straight line of
constant Ff for the specimen R30_F_M the analytic result
is Ff,3,analy = 5 kN.

Figure 14. Analytical evaluation of the FM III (vii) for
α = 30°.

On one side, the Ff,2,analy is not reflecting the experimental
results, on the other side the Ff,3,analy is in the range of the
experimental results Ff,exp calculated back from the test
results. The failure mode FM III fracture in C is evaluated
with (23).
In the following Figure 16 the test results for the α = 30°
R30_F_M are described according with the parameters
evaluated thanks to the analytical models (ii) ad (vii). For
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all the other specimen the respective values of μα, Ff,exp
are given.

Figure 15: F-M(α=30°) – Example of description of the test
specimen F30_F_M. Data description: μα ; Ff.

6

CONCLUSIONS

The description of such carpentry connection through a
static model is of importance in a scientific field for the
knowledge of the mechanical behaviour of old
constructional systems and many applications in the
structural analysis with the aim of reinforce and
restoration of old timber structures.
It is evident that the possibility to describe the failure
mode of the halved splayed scarf through this static model
is possible, but the prediction of the ultimate force Fu is
not possible, without considering the variation of all the
parameters. Furthermore, the Gustafsson formula used for
the description of the notched joint in the Eurocode and
the original formula, do not suit the tension perpendicular
to the grain that is observed for the halved splayed scarf.
As an outlook, more research is needed:
• in order to have a non-linear description of the joint;
• in order to develop a theory that permit the description
of the fracture of an acute-notch angle where is the
contemporary action of the two forces with opposite
verse applied on the two sides of the angle that causes
tension perpendicular to the grain.

ACKNOWLEDGEMENTS

I thank the Labor für Holztechnik der Fakultät Bauen und
Erhalten in the HAWK Hildesheim and their technicians
for their availability and punctuality in performing the
test.

REFERENCES

[1] Aira J. R., Arriaga F., Íñiguez-González G., Guaita
M.. Failure modes in halved and tabled tennoned
timber scarf joint by tension test. In: Construction
and Building materials 96 (2015) pages 360-367.

[2] Blass H. J., Aune P. et alii., Timber Engineering,
STEP 1, Basis of design, material properties ,
structural components and joints, Centrum Hout,
Netherlands, 1995.
[3] Branco J. M., Descamps T.. Analysis and
strengthening of carpentry joints. In: Construction
and Building Materials 97 (2015) pages. 34–47.
[4] C.T.E., Documento Básico SEM. Seguridad
estructural – Estructuras de madera. A código técnico
de la edificación, ministerio de viviendal 2006.
[5] DIN 1052, Entwurf, Berechnung und Bemessung von
Holzbauwerk. Allgemeine bemessungsregeln und
bemessungsregeln fur den hochbau; 2004.
[6] DIN EN 1995-1:2005, NCI NA 6.8.3. National
German Annex to Eurocode 5: design of timber
structures. Part 1–1. Common rules and rules for
buildings. Brussels: CEN, European Committee for
Standardization; 2005.
[7] Eurocode 5, Design of timber structures - Part 1-1:
General – Common rules and rules for buildings. EN
1995-1-1:2004.
[8] Gustafsson P.. Fracture perpendicular to Grain –
Structural applications. In: Thelandersson and Larsen
H., J., Timber Engineering, Wiley, 2003.
[9] Hirst, E., Brett, A., Thomson, A., Walker, P. and
Harris, R.. The structural performance of traditional
oak tension and scarf joints. In: 10th WCTE, 200806-02 - 2008-06-05, Miyazaki, Japan, 2008.
[10] Kessel M., Augustin R.. Load behaviour of
Connections with Pegs II, Timber Framing. 39
(3/1996) pages 8-11.
[11] Kessel M., Augustin R.. Load behaviour of
Connections with Pegs, Timber Framing. 38
(12/1995) pages 6-9.
[12] Larsen, H. J. and Gustafsson, P. J.. 1990. The fracture
energy of wood in tension perpendicular to the grain
– results from a testing project. In: Proc. of CIBW18A Meeting 23, Lisbon, Portugal. Paper No.
CIBW18/23-19-2.
[13] Otten, J. B.. Experimentelle und analytische Untersuchung
auf Tragfähigkeit und Gebrauchstauglichkeit des beidseitig
schräg eingeschnittenen Geraden Blattes, Unpublished
bachelor thesis, HAWK, Hildesheim, Germany,
2015.
[14] Perria, E., Paradiso M., Kessel M.. (2016)
Experimental verification of the static model for the
characterization of the halved and undersquinted
scarf connection. In: Proc. of 10th International
Conference on Structural Analysis of Historical
Constructions, Leuven, Belgium.
[15] Sangree R. H., Schafer B.W.. Experimental and
numerical analysis of a stop-splayed traditional
timber scarf joint with key. In: Construction and
Building materials 23 (2009) pages 376-385.
[16] Sobon J. A. Historic American Timber Joinery: A
Graphic Guide, Pub. By Timber Framers Guild, Ed.
by Kenneth Rower, 2002.
[17] Yeomans D. T., Repairs to Historic timber structures:
Changing attitudes and knowledge. In: Structural
analysis of historic construction (eds D’ayala &
Fodde), Taylor and Francis, London, 2008.

WCTE 2016 e-book | 1492

SHEAR RESISTANCE OF SCREWED TIMBER CONNECTIONS WITH
PARALLEL TO GRAIN FRP REINFORCEMENTS
Luca Righetti1, Marco Corradi2, Antonio Borri3
ABSTRACT: Several applications involving the use of Fibre Reinforced Polymers (FRP) glued on the tension side of
timber beams are available in literature. However, some drawbacks (durability, product cost and health and safety
restrictions, difficulties in removal) have limited an intensive use of organic adhesives (i.e. epoxy resins, etc). A
possible solution could be the use of metal screws, changing the nature of the connection from chemical to mechanical.
This paper describes an experimental investigation on the mechanical behaviour of externally bonded FRP composites
using steel screws. Two different composite materials have been considered: Carbon Fibre Reinforced Polymer (CFRP)
and Glass Fibre Reinforced Polymer (GFRP) and three different metal screw types have been used. FRP strengthening
was then applied to timber blocks and shear tested conducted to study the performance of the screwed connection. The
response of the screwed connection was recorded: catastrophic collapse did not occur, as the connection failed gradually
for slippage phenomena produced by screw yielding and wood displacement. The slippage between timber and FRP
plate has been recorded and tests described in this paper demonstrated that the effectiveness of screwed FRP
strengthening could be compromised by these phenomena.
KEYWORDS: Timber connections, Shear resistance, CFRP and GFRP plates, Steel screws

1 INTRODUCTION 123
Timber construction is an important part of the
infrastructure in many areas of the world. Timber has
been used as a building material since thousands of
years, from the beginning of the civilization and the
world’s infrastructure still includes a wide range of
timber structures. Timber is characterized by a high
strength to weight ratio, is recyclable, relatively
inexpensive compared with other building materials such
as concrete or steel. However this material is regularly
exposed to deterioration which could be the result of
increased service loads, variation in moisture content,
biological attack or aging [1-4].
The cross section of timber beams exposed to bending
loads is subjected to longitudinal compression and
tension stresses: the first produces elastic and plastic
deformation while the second cause a brittle failure as a
result of the fracture of the wood fibres.
Literature shows that the flexural capacity and stiffness
of timber beams can be significantly improved by
applying reinforcing elements. Recently Fibre
1
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Reinforced Polymers (FRP) materials have been
intensively used to increase the bending capacity of solid
and glulam beams because of their excellent mechanical
properties: high strength and stiffness to weight ratios,
chemical stability and ease of application. Their
popularity is largely due to the economy with which they
may be applied. A number of research projects around
the world have studies the mechanical performance of
different bonded FRP reinforcing methods. The FRP
materials can be applied inside the beam in form of
pultruded rods [5-9] or plates [10-13] with the use of
epoxy resins or adhesives. Because of weak of timber in
tension an effective solution, recurrently used in
literature, is glued or epoxied a FRP plate directly on the
tensile surface of the beam [14-17]. The application of
the strengthening element moves the neutral axis
towards the bottom of the cross section and consequently
the compressive strain in the timber grows compared
with the tension stress and the failure may happen
because of the compression yielding of the timber
instead of a brittle failure in tension area.
The use of epoxy adhesives to apply FRP reinforcement
presents some problems: for example heritage
conservation authorities do not authorize an extensive
use of organic adhesives [18] and ambient-cure
adhesives soften at low glass transition temperatures.
Also fire performance of bonded FRPs limits their use in
constructions. The long term behaviour of epoxy resins
and the effect of changing in moisture content are other
factors restraining an intensive use of epoxy resins in
strengthening interventions on timber structures.
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FRP strengthening is critically dependent upon the
bonding with wooden substrate. A possible alternative to
the use of organic adhesives is constituted by metal
fasteners. In this case the connection type changes from
chemical to mechanical. The application of the FRP
composites without using epoxy resins has yet to be fully
addressed and requires further research, although it has
been the subject of studies in recent years. Dempsey and
Scott [19] tested Southern Pine timber beams reinforced
with two different FRP materials: Glass FRP (GFRP)
and Hybrid FRP (HFRP) strips considering three
different fastener layouts. Test results highlighted an
increase of the ultimate bending moment up to 51.3% for
beams reinforced with HFRPs.
Recently Righetti et al. [20] have investigated the
bending behaviour of fir wood beams reinforced using
Carbon FRP (CFRP) plates screwed on the tension side
of the beams. Different reinforcement arrangements have
been investigated. Results show an increase of the
bending capacity up to 29.4%. In another investigation,
Corradi et al. [21] compared the results of epoxy bonded
and screwed FRP reinforcements and demonstrated that
epoxy bonded strengthening has a higher effectiveness
compared to a screwed one.
The main advantages in the use of screws are the
economy (mainly in terms of installation time) with
which it can be applied, the minimization of changes to
the appearance of the timber structure and the
reversibility of the intervention. Furthermore this
reinforcement method could be used for temporary or
intermediate works to stabilize timber structures. The
mechanical behaviour of the metal fasteners is critical
for effectiveness of the FRP strengthening. Understand
the performance of the screws subjected to shear load on
the contact surface between the timber beam and the
FRP reinforcement and the transmission mechanism of
the actions from the timber to the reinforcement element
is a fundamental goal to achieve.
This paper describes a series of laboratory tests
investigating the behaviour of screwed connections
between hardwood timber (oak) and two FRP materials
(CFRP and GFRP). FRP plates, mechanical bonded
using metal screws to the surface of timber blocks, have
been subjected to shear test.

length of the screw in addition to the previous described
in the second failure mode.

a)

b)

c)
Figure 1: Failure mode of the connection system according
with Johansen yield theory: a) timber yield plasticization; b)
single plastic hinge in the steel screw at the timber-FRP
interface; c) two plastic hinges in the steel screw.

3 MATERIAL CHARACTERIZATION
3.1 TIMBER
Oak wood (Quercus robur) (Fig. 2), characterized by an
average weight density of 708.04 kg/m3 (Standard
Deviation (SD) = 45.77 kg/m3, has been used for all the
tests. A moisture content of 9.26% (SD = 0.86%) was
experimentally evaluated in accordance with EN 131831: 2002 standard [27]. In order to evaluate the average
parallel to grain compressive strength five specimens
have been tested in accordance with EN 408: 2003
standard [28]. Tests results shows an average
compressive strength of 65.28 N/mm2 (SD = 3.52
N/mm2).

2 MECHANICAL BEHAVIOUR OF
TIMBER CONNECTION USING
STEEL SCREWS
Several authors studied timber to timber and steel to
timber connections [22-25]. The analysis of the
behaviour of mechanical connections between timber
elements using steel screws is based on the Johanesen
yielding theory [26]. This assumes a plastic behaviour
for both wood and steel. In addition to the geometrical
characteristics of the connection, two parameters are
critical: the embedment of the timber material and the
yielding capacity of the steel connector. The Johanesen
theory could be used also for timber – FRP plate
connections. Three different failure modes can be
considered (Fig. 1): timber or steel yielding, and failure
caused by the formation of another plastic hinge over the

Figure 2: Oak wood (Quercus Robur)

3.2 CFRP PLATE
A pre-impregnated CFRP plate made of with a double
layer of carbon fibres with a wave pattern “2/2 Twill” in
which the weft went over two intersecting warps and
then under two in order to create a fabric with a diagonal
pattern (Fig. 3a). Reinforced material is manufactured in
plate with length of 600 mm, width of 57 mm and
thickness of 3 mm. Three specimens have been tested in
tension in according with ASTM D 3039 standard [29].
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Tensile strength and Young’s modulus were 674.73
N/mm2 (SD = 16.67 N/mm2) and 9370.37 N/mm2 (SD =
248.43 N/mm2) respectively.
3.3 GFRP PLATE
The pultruded GFRP plates (Fig. 3b) were made from
glass reinforced isophthalic polyester resin reinforced
with E-glass fibre. GFRP plate cross-section was 80 mm
(width) x 8 mm (thickness). Five specimens have been
tested in tension according to [29]. Test results
highlighted an average value of the tensile strength of
381.8 N/mm2 (SD = 25.2 N/mm2) and of the Young’s
modulus equal to 3533 N/mm2 (SD = 639 N/mm2).

a)

authors, was carried out using a tensile machine Lloyds
LR100k. A single lap shear test has been used to study
the behaviour of the screwed connection between a
composite plate and a wood substrate. This will be
described in detail in Section 4.2.
4.1 TEST SPECIMENS
Fifteen oak-wood prismatic specimens with dimensions
of 70 x 70 x 80 mm have been cut from the same batch
of beams. Composite plates have been screwed to the
wood specimen using a single steel coach screw (Fig 5).
The geometry of the composite plates is shown in Figs.
6-7: both reinforcing elements were machined into 58
mm sections with a reduction to 40 mm to allow for
central positioning in the tensile machine jaws.

b)

Figure 3: FRP plates: a) CFRP; b) GFRP

b)

3.4 CONNECTORS
Three different types of steel coach screws (Fig. 4) were
used. All connectors were designated by the
manufacturer as 4.6 in strength grade according with EN
3692: 2014 standard [30] (nominal tensile strength and
yield stress are 400 and 240 N/mm2, respectively). The
three typologies used are different in terms of nominal
diameter and length. Table 1 summarizes their
geometrical characteristics.

a)
Figure 5: Specimen used in the experimental campaign: a)
GFRP; b) CFRP

Table 1: Geometrical characteristics of the screw

Type
1
2
3

a)

Nominal diameter
[mm]
6
8
8

Length
[mm]
50
45
50

b)

Figure 6: Geometry of GFRP plates used in the test
(dimensions in mm)

c)

Figure 4: Steel coach screws used in the experimental
campaign: a) type 1; b) type 2; c) type 3

4 EXPERIMENTAL PROGRAM
In order to evaluate the shear resistance of screwed
connections between a timber specimen and a composite
plate, an unconventional shear test, with a specific set-up
designed exclusively for the research purpose by the

Figure 7: Geometry of CFRP plates used in the test
(dimensions in mm)

Screws are applied perpendicular to the grain in order to
be consistent with the reinforcement technique available
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in literature for the timber beams subjected to bending
loads.
Table 2: Test matrix

Index
G1
G2
C2
G3
C3

Reinforcement plate
GFRP
GFRP
CFRP
GFRP
CFRP

Screw type
1
2
2
3
3

The steel bracket is composed of a square-section steel
tube and a L-shaped profile welded together. The Lshaped profile has been used in order to connect the
specimen to the jaw of the tensile machine. Because the
thickness of the CFRP and GFRP plates was different,
two different steel brackets have been used. This was
necessary in order to achieve perfect alignment between
the L-shaped steel profile and composite plate. In detail,
the L bracket underneath the box section is offset by 3
mm for the C-specimens and 8 mm for the G-specimens
(Fig. 9).

Table 2 shows the test matrix. Each specimen has been
designated with an index: the first letter indicates the
type of reinforcement material, C and G respectively for
CFRP and GFRP; the second is a number from 1 to 3,
which defined the steel screw type and finally, the third a
progressive number (from 1 to 3).
4.2 TEST SET-UP
Tests were carried out using a dynamometer type Lloyd
LR100k with a load cell of 100 kN. Because the
instrument was not designed specifically to apply
directly shear load modification were necessary. For this
specific purpose two steel frames (Fig. 8) have been
designed, one for the GFRP and the other for the CFRP
specimens.

a)

a)
Figure 9: L-shaped profile’s position: a) C-specimens; b) Gspecimens

The timber block reinforced with the FRP plate was
inserted inside the steel bracket and the plate has been
fixed on the tensile machine joints before starting the
test. In order to reduce the deformation of the upper
internal surface of the steel box due to the timber
compression, two 10 mm square steel bars have been
welded on the top surface of the steel box. The slippage
between the timber prism and the screwed plate have
been measured using a Linear Variable Differential
Transducer (LVDT) applied on an aluminium reference
plate glued on the plate and fastened securely to the
timber using a 28 mm rubber lined pipe clip. The LVDT
was connected to a data-logger and the displacement and
the load applied have been recorded simultaneously. All
tests were conducted with a crosshead speed of 0.4
mm/min (displacement control mode). Figure 10 shows
the test set-up.

b)

c)
Figure 8: Third angle projection of steel bracket used for
CFRP specimens: a) Front view; b) Side view; c) Isometric
view

b)

Figure 10: Test set-up
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5 RESULTS
Table 3 gives the results of the shear tests. Results are in
terms of maximum shear load (Fmax), and slippage (δmax)
between the timber element and the FRP plate and the
failure mode. Specimens’ failure was usually due to the
screw yielding at the interface between timber and
composite plate. The failure was never due to the wood
yielding in compression because of the high mechanical
characteristics of the hardwood used in the experimental
campaign, but displacement of the timber material
around the hole has been also observed. In Table 3 the
failures have been labelled as Mode 1 and Mode 2 for
the failure due to the formation of a single plastic hinge
(Fig. 11a) or to a double plastic hinge (Fig. 11b) in the
screw respectively. The screw type 1 exhibit a brittle
failure at the interface between the timber element and
the plate due probably to its smaller diameter.

a)

b)

Figure 11: Failure modes: a) screw yielding at the interface
between timber and plate (Mode 1); b) screw yielding in two
sections (Mode 2)

Table 3 shows the characteristic screw’s load-carrying
capacity (Fv,Rk) of the connection calculated according
with EN 1995-1-1 [31] standard. For the failure Mode 1
the characteristic shear load-carrying capacity is defined
by the following equation:


 F
4M y ,Rk
(1)
Fv ,Rk  f h,k  t1  d  2 
 1  ax,Rk
2
4
f h,k  d  t1


where fh,k = characteristic embedment strength in timber
member, t1 = penetration depth, d = screw’s diameter,
My,Rk = characteristic screw yield moment, Fax,Rk =
characteristic axial withdrawal capacity of the screw.
Because the value of Fax,Rk is unknown, in accordance
with [27], it has assumed equal to zero. According with
the same standard, fh,k and My,Rk have been evaluated
with the following:
(2)
f h,k  0.082  (1  0.01  d )   k
where: d = screw’s diameter, δk = characteristic timber
density;
(3)
M y ,Rk  0.3  f u ,k  d 2.6
where: fu,k = characteristic tensile strength of the
fastener’s material, d = fastener’s diameter.
For the failure Mode 2, fy,Rk is given by the following:
F
(4)
Fv ,Rk  2.3  M y ,Rk  f h,k  d  ax,Rk
4
The values of the failure loads are usually smaller
compared to the screw’s shear load-carrying capacity
given by eq. (1) and (4). This could be produced by the
wood displacement in the area around the hole and the
resulting bending behaviour of the screw. During the
shear test, the hole drilled on the FRP plates has been
subjected to deformation which produced an ovalization

of the hole up to approx. 12-14 mm for the GFRP plates
and 10.5 mm for the CFRP (Fig. 12) in the direction of
the shear load. The original nominal diameter was 9 mm.

a)

b)

Figure 12: Ovalization of the hole: a) CFRP; b) GFRP

For each specimen shear load and slippage have been
recorded during the tests (Figs. 13-17). The maximum
value of the shear load has been obtained by using 8
mm-diameter screws (length of 45 mm - type 2). The
screw type 1, characterized by a smaller nominal
diameter, led to lowest value in terms of maximum shear
load. As expected, the slippage values have decreased by
increasing the screw diameter. However, the application
of 8 mm-diameter screw (length of 50 mm) on the GFRP
specimens exhibited the smallest value of shear load and
biggest value of slippage: this was also due to the larger
thickness of the GFRP plate compared to the carbon one:
this produced a smaller penetration on the screw into the
wood. As a consequence, specimens reinforced with
CFRP plate exhibited smaller slippage compared with
the GFRP ones. This could probably explain considering
the lower deformation capacity of the CFRP plates.
Table 3: Test results (SD = Standard Deviation)

Index
G1_1
G1_2
G1_3
Average
SD
G2_1
G2_2
G2_3
Average
SD
G3_1
G3_2
G3_3
Average
SD
C2_1
C2_2
C2_3
Average
SD
C3_1
C3_2
C3_3
Average
SD

Fmax
[kN]
5.37
5.25
4.93
5.18
0.23
8.71
8.28
8.33
8.44
0.24
6.62
5.85
5.96
6.14
0.42
7.69
6.98
4.44
6.37
1.71
5.79
6.47
6.17
6.14
0.34

Fv,Rk
[kN]
4.68
4.68
4.68
8.79
7.77
8.79
9.59
9.59
9,59
8.79
8.79
8.79
9.59
9.59
9.59
-

δmax
[mm]
10.66
12.43
12.45
11.85
1.03
9.99
9.95
9.37
9.77
0.35
14.32
16.81
13.99
15.04
1.54
7.97
6.33
6.06
6.79
1.03
3.47
3.66
2.63
3.25
0.55

Failure mode
[-]
Mode 2
Mode 2
Mode 2
Mode 1
Mode 2
Mode 1
Mode 1
Mode 1
Mode 1
Mode 1
Mode 1
Mode 1
Mode 1
Mode 1
Mode 1
-
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Table 4 reports the values of the slippage for different
load levels for all tested specimens.

10
9
8

Table 4: Slippage values for different load levels (SD =
Standard Deviation)

7

Load [kN]

7

Figure 17: Shear load vs slippage curves for C3-samples.

Figure 13: Shear load vs slippage curves for G1-samples.
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Figure 14: Shear load vs. slippage curves for G2-samples.
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Figure 15: Shear load vs. slippage curves for G3-samples.
10
9

8
7

Load [kN]

5

6

G1_1
G1_2
G1_3
Average
SD
G2_1
G2_2
G2_3
Average
SD
G3_1
G3_2
G3_3
Average
SD
C2_1
C2_2
C2_3
Average
SD
C3_1
C3_2
C3_3
Average
SD

δFmax
[mm]
10.66
12.43
12.45
11.85
1.03
9.99
9.95
9.37
9.77
0.35
14.32
16.81
13.99
15.04
1.54
7.97
6.33
6.06
6.79
1.03
3.47
3.66
2.63
3.25
0.55

δ0.2Fmax
[mm]
0.46
0.71
0.84
0.67
0.19
0.06
0.65
0.55
0.42
0.32
0.03
0.01
0.03
0.02
0.01
0.72
0.34
0.14
0.40
0.29
0.73
0.86
0.55
0.71
0.16

δ0.4Fmax
[mm]
1.50
1.66
1.84
1.67
0.17
1.38
1.75
1.08
1.40
0.34
0.04
0.08
0.29
0.14
0.13
2.04
0.81
1.23
1.36
0.63
1.16
1.13
0.97
1.09
0.10

δ0.6Fmax
[mm]
3.16
4.15
4.50
3.94
0.70
2.15
1.75
3.22
2.37
0.76
0.56
1.08
1.01
0.88
0.28
2.42
1.34
1.58
1.78
0.57
1.66
1.51
1.09
1.42
0.30

δ0.8Fmax
[mm]
5.76
6.30
6.43
6.16
0.36
3.38
3.04
4.32
3.58
0.66
2.05
4.08
1.91
2.68
1.21
3.51
1.97
2.39
2.62
0.80
2.16
1.98
1.42
1.85
0.39
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Figure 16: Shear load vs. slippage curves for C2-samples.

Figure 18 shows the shear load-slippage curves for each
sample type. For low load levels the slippage exhibited a
linear trend with magnitudes smaller than 2 mm. As the
load increases, the slippage also increased. The
behaviour of the specimens with screw type 1 showed a
different trend compared with the other specimens; in
fact the slippage between the GFRP plate and timber
increased more compared with the other specimens from
the 40% of the maximum load.
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mechanical connection method where the slippage
values are reduced in magnitude.

16
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Figure 18: Slippage vs. shear load values for all the
specimens tested

6 CONCLUSIONS
The application of composite plates on the tension side
of timber beams represents an effective method to
increase the bending capacity and stiffness of timber
beams. The use of organic adhesives to bond the
composite reinforcement to the timber has been widely
experimented in the past, but presents problems with
regard to bond durability, product cost and health and
safety restrictions.
With the aim to foster better long run behavior, provide
reinforcement reversibility, meet the requirements of
conservation bodies, the use of mechanical connections
may represent an interesting solution.
This study was aimed at investigating the capacity and
the deformation characteristics of screwed connections
between hardwood and composite materials. In this
context the analysis of the slippage phenomena is critical
as it may compromise the reinforcement effect when
used to strengthen a wood element subjected to bending.
Several single lap shear tests have been conducted using
different types of metal screws.
The following conclusions are drawn based on the test
results of this research:
1. Results show that the maximum shear load is usually
smaller than the shear load-carrying capacity of the
screw given by the standard.
2. High values of slippage have been recorded during
the experimental investigation. However the slippage
values decreased by increasing the screw diameter
and length.
3. Two typical failure modes have been observed. The
first was characterized by the screw yielding on a
section at the interface between timber and composite
plate and the second by the screw yielding in two
different screw sections.
4. For low values of the shear load (up to 40% of the
maximum) the slippage between plate and wood
elements exhibited a linear behavior. As the load
increases, the slippage also increased, but this
increment was larger in magnitude as a consequence
of the screw yielding and wood displacement around
the hole.
5. The effectiveness of mechanical connections to bond
a composite plate on the tension side of a timber
element in bending can be seriously compromised by
the slippage phenomena produced by the connector
yielding and wood displacement and this research
demonstrated that more tests are necessary to study a
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SHERPA ‒ STANDARDIZED TIMBER CONNECTION SYSTEM BASED ON
ALUMINIUM PLATES AND INCLINED FULLY THREADED SCREWS
Josef Kowal1, Manfred Augustin2
ABSTRACT: Standardized timber connection systems are becoming more and more important for the timber building
industry. The reason for this change of designing joints between two wooden beams is founded in a bunch of benefits. It
is all about the availability, compatibility and time efficiency in the work shop and at the building site. These benefits
have automatically a positive effect on the efficiency of the working process and the economy of a project. Last but not
least a certain level of standardization automatically decreases the failure rate. This paper sums up the relevant
theoretical and experimental research which was necessary to design a system with all this advantages.

KEYWORDS: standardized connection system, inclined screws, aluminium plates, dovetail and groove

1 INTRODUCTION 123

2 GENERAL

In the year 2002, Vinzenz Harrer recognised the
necessity of standardized connections in woodworks and
took the first steps towards the development of a system
solution. Within the framework of research work that
spanned a period of several years the Vinzenz Harrer
GmbH collaborated with the holz.bau forschungs gmbh
at Graz University of Technology to develop the
SHERPA connector system for timber construction.
Since the year 2012, SHERPA Connection Systems
GmbH has been an independent company that is
headquartered at Frohnleiten, Austria and whose partner
companies are spread meanwhile all over the world.

SHERPA-connectors consist of two aluminium parts,
which in principle create a form-fitting traditional
dovetail connection. The aluminium plates are attached
to the two wooden beams by fully threaded screws of
different diameters and lengths so that a main- and
secondary beams joints can be realised (Figure 1). The
Figure 2 shows for example the components for a
connection with a SHERPA L40 and the 8x100 mm
special screw.

Figure 2: SHERPA L40 and special screw 8x100 mm

Figure 1: Action principle and load bearing directions
1

Josef Kowal, SHERPA Connection Systems GmbH,
josef.kowal@sherpa-connector.com
2
Manfred Augustin, holz.bau forschungs gmbh,
manfred.augustin@tugraz.at

This simply ingenious system allows for a safe force
transfer in installation direction, opposite the installation
direction and perpendicular to the installation direction.
Tension and compression forces are also effortlessly
handled. Moment effects are also taken into account [1].
SHERPA consists all in all 33 types of different wood to
wood connectors separated in the XS-, S-, M-, L-, XL-
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and XXL-series. There are also 25 types available for
connections between wood and concrete or wood and
steel separated in the M-, L-, XL- and XXL-series. The
difference between the wood to wood connectors at the
one for wood and concrete/steel is the ending “CS” in
the name. The characteristic load bearing capacity range
in installation direction reaches from 5 kN up to more
than 300 kN. [2]

3 DEVELOPMENT PROCESS
During the last ten years SHERPA-connectors passed
different development stages hand in hand with the
improvements of the fully threated screw technology.
The first connectors acted just with partial threated
screws which were positioned under an angle of 90°
between the screw axis and the connector plates. So the
screws had primary to deal with shear forces rectangular
to the screw axis. This is actually an inefficient method
to put load on a screw. Based on the scientific findings at
Graz University of Technology it was decided to involve
inclined screws into the SHERPA-connectors. If the
screw axis is inserted at an angle of approximately 45°
against the grain direction of the wooden parts, then the
screw gets mainly axial load which is the most efficient
way.

Figure 4: Test setup for load bearing capacity in installation
direction

-

tests with loadings perpendicular to the slottingdirection with eccentricity of the load in the
connector (e = + and - 100 mm and e = + and - 200
mm) as well as without eccentricity (e = 0 mm)
(Figure 5 and Figure 6)

4 MECHANICAL RESISTANCE
The characteristic load bearing capacities of the
SHERPA-connectors are determined by calculation
assisted by testing. Also the stiffness of the beam
hangers was determined by calculation assisted by
testing. All tests for the valid ETA-12/0067 [3] had been
done at the holz.bau forschungs gmbh and Lignum Test
Center in Graz according to the ETAG 015 [4].
4.1 TEST PROGRAMME
A comprehensive test programme was carried out
considering all the different load situations in the
structure [5][6]. In particular
-

Figure 5: Test setup for load bearing capacity perpendicular
to the installation direction including eccentricity

tests with loadings in the slotting-direction with
eccentricity of the load in the connector (e = + and 100 mm and e = + and - 200 mm ) as well as
without eccentricity (e = 0 mm) (Figure 3 and
Figure 4)

Figure 3: Test setup for load bearing capacity in installation
direction including eccentricity

Figure 6: Test setup for load bearing capacity perpendicular
to the installation direction
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-

tests against to the slotting direction for the
determination of locking-screws (Figure 7)

Figure 11: Test setup to simulate a rotation force between the
main beam and secondary beam
Figure 7: Test setup for load bearing capacity against to the
installation direction

-

tensile tests in the direction of the secondary beam

4.2 TEST PIECE
All tests have been done with different types of
connectors as well as materials (solid timber, glulam and
CLT) for the main and secondary beam were conducted.
Apart from that, additional test regarding to the
withdrawal strength of the different self-tapping fully
and partly threaded screws as well as the aluminium
parts were carried out.
4.3 RESULTS AND MODELLING
For economical reason it was impossible to test each
SHERPA for all load situations. So it was necessary to
design a modelling for the whole product range based on
the test results. At least two types of each series were
tested.

Figure 8: Test setup for load bearing capacity in the direction
of the secondary beam

The characteristic carrying capacity value for the used
special screws against extraction (1) is the base for all
load bearing capacities of the system:

Rax,k  f ax ,k  lef  d [N]

(1)

Where fax,k = characteristic value of the extraction
parameter, lef = screw-in depth of the special screw in
mm, d = outside diameter of the special screw in mm

f ax ,k  0, 087  350  d 0,41 [N/mm²]
Figure 9: Test setup for load bearing capacity in the direction
of the secondary beam

-

tests to simulate a rotation force between the main
beam and secondary beam (Figure 10 and Figure
11)

Figure 10: Test setup to simulate a rotation force between the
main beam and secondary beam

(2)

4.3.1 Centre stress in the insertion direction
Force transfer with a centre stress in the insertion
direction takes place through loading the inclined screws
with extraction force. The contribution of torque screws
involved in force transfer with centre stress in the
insertion direction is ignored (Figure 12).

Figure 12: Schematic diagram for centre stress in insertion
direction
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If a screw axis is inserted at an angle α against the grain
direction of the wood part, the following equation (3) is
obtained for the force component in the insertion
direction:

R2,k ;1  Rax ,k  sin [N]

surface, which increases the transferable carrying
capacity via the frictional forces.

(3)

With α = angle between the screw axis and the grain
direction in the wood in degrees [°]
In addition, due to the friction between the connection
plate and the wood surface, a force component with the
coefficient of static friction μ0 = 0.25 is used, that is,
there is an additional proportion in carrying capacity in
the insertion direction (4):

R2,k ;2  0  Rax,k  cos  [N]

(4)

The following applies for a maximum characteristic
carrying capacity of a inclined screw with a centre stress
for a SHERPA-connector:

R2,k  Rax ,k   sin   0  cos   [N]

(5)

For a wooden component which varies from the
characteristic reference gross density 𝜌ref,k (350 kg/m³),
the gross density correction can be carried out
approximately using the factor kρ (6).

 
k   k

 ref ,k





(6)

Characteristic value of carrying capacity of a SHERPAconnector with a centre stress in the insertion direction
(7):
0,8

R2,k  VF  nSchS ; HT

Due to the eccentricity of the SHERPA central axis (e.g.
XL and XXL series e = 10 mm) there is a torque exerted
on the connecting joint in addition to the shear force,
whereby pull forces from below and pressing forces
from above are generated on the connecting level in both
the main (HT) and secondary (NT) beams. (Figure 14)
These forces diminish the contact pressure placed on the
inclined screws.

cw

With ρk= characteristic value of the gross density of the
wood used in kg/m³, ρref,k= characteristic value of the
reference gross density (C24 - 350 kg/m³), cw= exponent
to consider the influence of gross density on screws with
extraction stress as per TR016: cw = 0.8

0,9

Figure 13: Schematic diagram 1 of determining the
eccentricity elimit

  
 ksys   k   R2,k [N] (7)
 350 

With VF= prefactor to account for the size ratios
between the individual SHERPA series, nSchS;HT=
Number of inclined screws in the main beam, ksys= factor
to consider system effects, ρk= characteristic value of
gross density of the wood used in kg/m³, Rax,k=
characteristic value of a screw against extraction in N
4.3.2 Determining the eccentricity elimit
The screwed-in inclined screws at angle α at the
connection level are primarily experience tensile stress
in SHERPA connectors by the force in the insertion
direction, while the torque screws contribute nearly no
load support in this stress, and can therefore be ignored.
(Figure 13) The activation of extraction forces on the
inclined screws produces contact pressure in the
connecting joint between the wood and the aluminium

Figure 14: Schematic diagram 2 of determining the
eccentricity elimit

At the eccentric centre elimit, the contact pressure on the
top inclined screw on the main beam or on the lowest
inclined screw on the secondary beam is cancelled
directly by the horizontal force of the eccentricity torque.
In a inclined screw screwed in at an angle of less than
45°, this is corresponds to a horizontal force in the
torque equalling the vertical component from the shear
force.
This applies to the main and secondary beam
connections of a SHERPA XL or XXL fastener (8):

H1  V1 [kN]

and

V1 

F2
[kN]
nSchS

i.e.
zmax

H1  M  nSchS

z
i 1

(8)

zmax

2
i

 F2  e  nSchS

z
i 1

[kN]

2
i

Insertion produces:

z
F
F2  e  nSchSmax  2 [kN]
n
 zi2 SchS
i 1

(9)
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By moving towards e in the limit case:

R '2,k =

nSchS

elim it 

 zi2
i 1

nSchS  zmax

[m]

(10)

With H1= horizontal component of the force in the
helical screw with a pulling strain in kN, V1= vertical
component of the force in the helical screw with a
pulling strain in kN, nSchS= number of inclined screws in
the main beam or the secondary beam connection, zmax=
interval of the lowest screw in the main beam or the
secondary beam connection, Σzi2= Sum of the squares of
the intervals from the centre of the helical screw to the
centre of gravity of the screw pattern in m²
Characteristic value of carrying capacity of a SHERPA
fastener in XS to XXL series with an eccentric force e ≤
elimit in the insertion direction:

R '2,k =R 2,k [kN]

R 2,k
 e  elim it 
3 1


 e2 

[kN]

3

(13)

With R2,k= characteristic value of carrying capacity with
central stress in the insertion direction, e= eccentricity of
the force exerted in m, elimit= eccentric limit of the
SHERPA fastener in m, e2= unfavourable eccentricity of
the main and secondary beam connection for the
maximum torque absorption
4.3.4 Determining eccentricity e2
One must consider when determining the eccentricity e2
that the exerted stress must be carried via the partial
connection on the main and secondary beams. Hence
they must be considered separately (Figure 16).

(11)

With R2,k= characteristic value of the carrying capacity
with central stress in the insertion direction
Figure 16: Schematic diagram of determining eccentricity e2

4.3.3 Eccentric stress in the insertion direction
If an eccentricity elimit or the limit torque Mlimit is
exceeded by stress acting upon it, the contact with the
connecting joint is lost between the connector and the
torque screws are exposed to extraction stress (Figure
15).

Further, the torque stresses of each partial connection
must be evaluated for positive and negative torque.
For the main beam:
nMomS

M 2, HT ,k  Rax ,k 
e2, HT 

 M 2, HT ,k
R2, HT ,k

z
j 1

2
i

[kNm]

z

(14)

[m]

For the secondary beam:
nMomS

Figure 15: Schematic diagram of eccentric stress in the
insertion direction

M 2, NT ,k  ax , NT  Rax ,k 

The carrying capacity in a theoretically pure torque
stress is:
nMomS

M 2  Rax ,k 

z
j 1

z

2
i

 F2  elim it [kNm]

(12)

In order to develop a simple computational model for a
SHERPA fastener with an eccentric stress in the
insertion direction, the carrying capacity is referenced
based on the central stress and reduced dependent on the
torque stress.
In practice, this is produced by applying the empirically
confirmed interaction formula contained in the European
Technical Approval, ETA-12/0067, and defined in the
following:

e2, NT 

 M 2, NT ,k
R2, NT ,k

z
j 1

2
i

z

[kNm]

(15)

[m]

Taken conservatively, the smallest value of the entire
connection is authoritative:


e2, HT 
e2  min 
 [m]
e2, NT 


(16)

4.3.5 Centre stress perpendicular to the insertion
direction
The force transfer with central stress perpendicular to the
insertion direction (Figure 17) takes place through
application of shearing stress on the inclined as well as
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the torque screws. The characteristic carrying capacity of
a SHERPA special screw against shearing can be
determined using a formula contained in Johansen's
theory.

min FV , Rk ;ab 

FV , Rk  min 
 [N]
 0, 25  Rax ,k 


(21)

With Rax,k= characteristic carrying capacity value for the
used special screws against extraction
The gross density correction can be carried out
approximately with a factor of kρ for the wood
components with a gross density of ρk that deviate from
the characteristic reference gross density ρref,k (350
kg/m³) (22).
Figure 17: Schematic diagram for centre stress perpendicular
to insertion direction

Emebedment strength for the reference gross density of
350 kg/m³ (17):

f h ,0,k  0, 082  350  d 0,3 [N/mm²]

(17)

With fh,0,k= Characteristic value of the embedment
strength with a shear stress in the grain direction of the
wood component and reference gross density of 350
kg/m³ in N/mm², d= outside diameter of the special
screw in mm
The characteristic value for the embedment strength (18)
can only be assumed to be 40% when shear stress is
applied, whereby the central axis of the fastener is
parallel to the grain direction of the wood component (in
the end grain).

f h, HH ,k  0, 40  f h,0,k [N/mm²]

(18)

With fh,HH,k= Characteristic value for embedment
strength with a shear stress in the grain direction of the
wood component and reference gross density of 350
kg/m³ in N/mm²
The carrying capacity per fastener and shear plane for
SHERPA fasteners is equal to the smallest value of the
following formulae (19) (20):

Fv , Rk ;a 





2  1  f h,k  k   t 1d [N]

Fv , Rk ,b  2  M y ,k  f h ,k  k   d +Fv , Rk [N/]

(19)
(20)

With Fv,Rk;a/b= characteristic value of a screw against
shearing for failure mode (a) or (b) in N, fh,0,k=
characteristic value of the embedment strength in
N/mm², kρ= factor for the gross density correction
deviating from 350 kg./m³, t1= embedment depth of the
screw in mm, d= outside diameter of the special screw in
mm, ΔFv,Rk= characteristic value of the carrying capacity
portion of the "rope effect" in N
Determining the characteristic value of the carrying
capacity portion of the "rope effect" (21):

 
k   k

 ref ,k





cs

(22)

With ρk= characteristic value of the gross density of the
wood used in kg/m³, ρref,k= characteristic value of the
reference gross density (C24 - 350 kg/m³), cs= exponent
to consider the influence of gross density on screws with
extraction stress as per TR016: cs = 0.5
The carrying capacity of a SHERPA fastener with
central shear stress perpendicular to the insertion
direction for the secondary beam connection is
calculated as follows (23):

R45,k ; NT  nSchS ; NT  min Fv , SchS ; NT ;Rk ;a ,b +
nMomS ; NT  min Fv ,MomS ; NT ;Rk ;a ,b [N]

(23)

The carrying capacity of a SHERPA fastener with
central shear stress perpendicular to the insertion
direction for the main beam connection is calculated as
follows (24)(23):

R45,k ; HT  nSchS ; HT  min Fv , SchS ; HT ; Rk ;a ,b +
nMomS ; HT  min Fv , MomS ;HT ;Rk ;a ,b [N]

(24)

The smaller value of the secondary or main beam
connection is used (25):

 R45,k ; NT 

R45,k  min 
 [N]
R
 45,k ; HT 


(25)

4.3.6 Eccentric force perpendicular to the insertion
direction
This is absorbed by the helical as well as the torque
screws when eccentric stress or a shear force stress and
torque are applied. The torque stress is thus exclusively
transmitted by the torque screws, while the rotation
centre of the connection is at the edge of the fastener.
In order to develop a simple calculation model for the
SHERPA fastener with an eccentric force perpendicular
to the insertion direction, the carrying capacity is
referenced to the central stress, and reduced depending
upon the torque stress.
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e45, HT 

e45  min 
 [m]
e
NT
45,




(29)

4.3.8 Centre stress in the direction of the secondary
beam axis

Figure 18: Schematic diagram of eccentric stress
perpendicular to the insertion direction

In practice, this is produced by applying the empirically
confirmed interaction formula contained in the European
Technical Approval, ETA-12/0067, and defined in the
following:

R '45,k =

R 45,k
 e 
3 1
 
 e45 

[kN]

3

(26)

With R45,k= characteristic carrying capacity value with
central stress perpendicular to the insertion direction, e=
eccentricity of the force exerted perpendicular to the
insertion direction in m, e45= unfavourable eccentricity
of the main and secondary beam connection for the
maximum extraction torque
4.3.7 Determining the eccentricity e45
When determining eccentricity, e45 one must consider
that the exerted stress must be carried via the partial
connections of the main and secondary beams. Hence
they must be considered separately (Fehler!
Verweisquelle konnte nicht gefunden werden.).

M 45, HT ,k  Rax ,k 
e45, HT 

M 45, HT ,k
R45, HT ,k

z

zmax, HT

[kNm]

(27)

nMomS

M 45, NT ,k
R45, NT ,k

R1,k ; HT  nSchS , HT 0,9  F1, k [N]

(31)

Characteristic value of carrying capacity for the
secondary beam with tensile stress in the direction of the
secondary beam lengthwise axis (32):

For the Secondary beam:

e45, NT 

(30)

With nSchS,HT= number of inclined screws in the main
beam

[m]

M 45, NT ,k  ax , NT  Rax ,k 

0,8

  
F1,k  ksys   k   Rax,k  cos  [N]
 350 

Characteristic value of carrying capacity for the main
beam with tensile stress in the direction of the secondary
beam lengthwise axis (31):

2
i

j 1

Force transfer in series XS to L with tensile stress in the
direction of the secondary beam lengthwise axis is done
with the force components of the inclined screws in
parallel to the secondary beam lengthwise axis (Figure
19). The torque screw contribution to force transfer is
ignored.

With F1,k= force component of a special screw in the
secondary beam lengthwise axis in N, ksys= factor for
consideration of system effects, ρk= characteristic value
for the gross density of the wood used in kg/m³, Rax,k=
characteristic value of a screw against extraction in N,
α= angle between the screw axis and the grain direction
of the wood in degrees [°]

For the main beam:
nMomS

Figure 19: Schematic diagram for stress in the direction of the
secondary beam axis

z
j 1

2
i

zmax, NT

[kNm]

R1,k ; NT  nSchS , NT 0,9  F1,k [N]
(28)

[m]

The smallest value of the total connection must be used in order to be conservative:

(32)

With nSchS,NT= number of inclined screws in the main
beam

 R1,k ; NT 

R1,k  min 
 =R1,k ;HT [N]

 R1,k ;HT 

(33)
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For SHERPA-connectors the main beam connection is
always authoritative for tensile stress in the direction of
the secondary beam lengthwise axis (33)!
4.3.9 Determining characteristic carrying capacity
with torsion stress

Figure 20: Schematic diagram for determining characteristic
carrying capacity with torsion stress

Modelling SHERPA fasteners for torsion (Figure 20)
may take place based on an "ideally three-dimensional"
model; i.e. the characteristic torsion carrying capacity of
SHERPA fasteners can be calculated using the following
formula for the main beam (34):
nHT

Rtor ,k ;HT   ri  minRk , HT ;a ,b [kNmm]

(34)

i 1

For the secondary beam (35):
nNT

Rtor ,k ; NT   ri  minRk , NT ;a ,b [kNmm]

(35)

i 1

With Rtor,k= characteristic value of the torsion carrying
capacity in kN/mm, Rk,HT/NT;a,b= characteristic value of a
shear force on a wood screw as per Johansen

 Rtor ,k ;HT 

Rtor ,k  min 
 [kNmm]

 Rtor ,k ; NT 

(36)

4.3.10 Modelling for combined stress
Upon application of combined stress (Figure 21) and
when providing individual verification for loads in and at
right angles to the insertion direction, also parallel to the
secondary beam lengthwise axis, the the sum of
utilisation squared and the utilisation of torsion load
squared must be less than or equal to 1 (37).

Figure 21: Schematic diagram for combined stress situation

 F1,d
 R
 1,d

2

  F2/3,d
  
  R2/3,d

2

  F45,d
  
  R45,d

2

 M tor ,d
 1, 0 (37)
 
Rtor .d


With F1,d= Rated value of the effects with stress in the
direction of the secondary beam lengthwise axis in kN,
F2,3,d= Rated value of the effects with stress in/against
the insertion direction in kN, F45,d= Rated value of the
effects with stress at a right angle to the insertion
direction in kN, Mtor,d= Rated value of the torsion effects
around the secondary beam lengthwise axis in kN/mm
With R1,d= Rated value for carrying capacity when
exposed to a single stress in the direction of the
secondary beam lengthwise axis, calculated based on the
characteristic value R1,k in kN, R’2/3,d= Rated value of
carrying capacity with application of additional torque in
or against the insertion direction, determined from the
characteristic value R‘2,k or R‘3,k in kN, R2/3,d= Rated
value of carrying capacity when exposed to single torque
in or against the insertion direction, calculated based on
the characteristic value R2,k or R3,k in kN, R’45,d= Rated
value of carrying capacity with application of additional
torque at a right angle to the insertion direction,
calculated based on the characteristic value R‘45,k in kN,
R45,d= Rated value of carrying capacity when exposed to
single stress at a right angle to the insertion direction,
calculated based on the characteristic value R45,k in kN,
Rtor,d= Rated value of torsion carrying capacity along the
secondary beam lengthwise axis, calculated based on the
characteristic value Rtor,k in kNmm

5 CONCLUSIONS
SHERPA-connectors have been already used in
countless projects all around the world. The system was
more than once responsible for the decision that a
construction have been built in wood. All this was
possible because of the high standardization, so that even
building companies which are usually not used to timber
constructions are able to erect a wooden building.
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INVESTIGATION INTO THE HYSTERETIC PERFORMANCE OF SELF
CENTERING TIMBER BEAM TO COLUMN JOINTS
Kan li Wan 1, h n Li2, Minjuan H

3

ABSTRACT: The seismic performance of a post-tensioned (PT) energy dissipating beam-to-column joint for glulam
heavy timber structure is investigated in this paper. Such connection incorporates post-tensioned high-strength strand to
provide self-centering capacity along with energy dissipating produced by a special steel cap, which is attached with the
timber beam and also to prevent the end bearing failure of wood. The moment-rotation behaviour of the proposed posttensioned timber joint was investigated through a series of cyclic loading tests. The timber joint was loaded at the end of
the beams to produce a moment at the joint, and the tests were conducted with three different post-tension forces in the
steel strand. The hysteretic behaviour and self-centering capacity of the joint are evaluated based on the results from
cyclic loading tests. The failure mechanism of the joint was illustrated through test observations, and the momentresisting capacity and energy dissipation of the joint were analysed with regard to various drift level. This research aims
to provide possible solutions to minimize the residual deformation of heavy timber structure made of glulam in China.
KEYWORDS: Timber joint, self-centering, post tensioning, hysteretic behaviour, energy dissipation

1 INTRODUCTION 123
In parallel with the post-Northridge steel research,
moment resisting connections using post tensioning
concepts have been developed for precast concrete
constructions [1]-[4]. A series of innovative beam-tocolumn
connections,
combining
self-centering
characteristics as well as energy dissipation, were
proposed. It was demonstrated that the performance of
these connections was excellent under seismic load. The
most significant characteristic of these connections was
their capacity to ensure small residual drifts through selfcentering capabilities. Timber is among the most
environmental-friendly construction materials with low
carbon emission. The introduction of well-developed
self-centering concept into timber beam-to-column joints
may effectively improve the seismic performance of
heavy timber structures, especially under major
earthquakes. This concept was firstly utilized for timber
joint in New Zealand at the University of Canterbury
[5]-[9]. A post-tensioned timber frame made of
laminated veneer lumber (LVL) was proposed, and test
results showed a good seismic behaviour. Design
recommendations were also provided [10]-[13], and
1
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2
Zheng Li, Assistant Professor, Department of Structural
Engineering, Tongji University, zhengli@tongji.edu.cn
3
Minjuan He, Professor, Department of Structural Engineering,
Tongji University, hemj@tongji.edu.cn

buildings using the post-tensioned timber frames were
constructed. The post-tensioned timber joints are also
being studied in Switzerland at the Eidgenössische
Technische Hochschule (ETH) [14]. The specific feature
of the post-tensioned beam-to-column timber joint is
hardwood made of ash (fraxinus) was used as local
strengthening at the compression perpendicular to grain
region of the column, and one single straight tendon is
placed in the centre of the beam. The rotational
behaviour of the joint was evaluated through
experimental tests. Results showed that using hardwood
instead of softwood increases the stiffness of the
connection and also the strength, which is the decisive
design criteria for the post-tensioned timber connection
described herein.
This paper proposes a possible solution for applying the
self-centering technique in glulam beam-to-column
joints. Such joints incorporates post-tensioned highstrength strands to provide self-centering behaviour
along with energy dissipating produced by a special steel
cap, which is attached with the timber beam and also to
prevent the end bearing failure of wood. This study
differs from the previous studies from two aspects: the
material used is SPF glulam, which has relatively low
modulus of elasticity and strength compared with LVL,
and a steel cap is adopted to increase the overall stiffness
of the joint as well as to provide energy dissipation. In
this paper, experimental study focusing on the hysteretic
rotational performance of the proposed self-centering
timber joint are carried out.
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2

content of 15% and an air-dry density of 408 kg/m3. The
strength properties of the glulam were determined by
small clear specimen tests, and the results are listed in
Table 1.

EXPERIMENTAL STUDY

2.1 MATERIALS AND SPECIMENS
The glulam used for the beam and column was glued by
No.2 North American visually graded Spruce-pine-fir
(SPF) dimension lumber with an average moisture

Table 1. Physical and mechanical properties of glulam

408

Standard
Deviation
14.28

Variation
Deviation
3.5

%

11.75

0.8

6.8

MPa

12175

1587

13.0

MPa

224

15.8

7.1

MPa

28.1

3.8

13.6

Compression Strength Perpendicular to Grain

MPa

3.5

0.53

15.1

Shear Strength Parallel to Grain

MPa

3.5

0.76

22.0

Shear Strength Perpendicular to Grain

MPa

1.2

0.32

26.7

Performance Index

Unit

Average

Air-dry Density

kg·m-3

Moisture
Modulus of Elasticity in Compressive
Parallel to grain
Modulus of Elasticity in Compressive
Perpendicular to grain
Compression Strength Parallel to Grain

The configuration of the proposed timber joint is shown
in Figure 1.

Chinese Standard GB\T 1231-2006 [15], were used as
fasteners for the specimens. Four M16 bolts (i.e. bolts
with diameter of 16 mm) are used to connect the steel
cap to the glulam beam, and four M20 (i.e. bolts with
diameter of 20 mm) bolts are used to connect the glulam
beam to the glulam column through steel cap and steel
plates. The steel cap was manufactured with Q235B steel,
which has a nominal yielding strength of 235 MPa, as
specified in the Chinese code of notations for
designations of iron and steel [16].

Corss section of column
Column
250x250
Steel plate

Steel
plate

A

Steel cap

A

Corss section
of beam

1000

55 95 95 55

Anchor

Beam
200x300

2.2 TEST DESIGN AND DATA MEASUREMENT

M16 bolts
M20 bolts

S

The specimens were rotated 90 degrees for ease of
loading in the laboratory. As shown in Figure 2(a), the
column was fixed on the ground horizontally by anchor
bolts, and the beam was placed vertically with its top end
connected to the electro-hydraulic servo actuator. Figure
2 shows the test set-up of the specimen. The actuator has
a maximal loading capacity of 300 kN and a stroke range
of ±250 mm. The rotation of the joint was measured by
twelve linear voltage displacement transducers (LVDTs),
which were distributed along the length of beam and
height of column as illustrated.
In the test set-up, LVDT 1 and LVDT 2 was used to
record the rotation of beam. LVDT 3 and LVDT 4 were
used to measure the column rotation. LVDT 3 and
LVDT 4 were installed on the same side of the column
symmetrically. LVDT 5, LVDT 6, LVDT 7, LVDT 8,
LVDT 9 and LVDT 10 were connected either to the steel
plate or the column edge with a distance of 60 mm to
measure the gap-opening mechanism of the beamcolumn contact region. LVDT 8,LVDT 10, LVDT 11
and LVDT 12 were installed at the four corner of the
beam-column joint zone to record the shear deformation
of the joint zone.

Steel strand

im n

200

250

110 8050

250

2500

1500

AA

Figure 1: oints con iguration all imensions are in mm

Two specimens will be tested in this paper. The posttension force is provided by a high strength steel strand
located at mid-depth of the beam, applied initial internal
force of 40kN for S1 specimen and 60kN for S2
specimen. A special steel cap is attached with the timber
beam to prevent the end bearing failure of wood, as well
as to increase energy dissipation through the yielding of
steel. The beam member is 300 mm × 200 mm in cross
section and 1500 mm in length, and the column member
is 250 mm × 250 mm in cross section and 1000 mm in
length. Bolts with the grade of 4.8, conforming to
2
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displacements measured by LVDT 1 - LVDT 4,
respectively, to illustrate the rotation of beam and
column. S5 - S10 are the displacements measured by
LVDT 5 - LVDT 10 to illustrate the gap opening
mechanism of beam-column contact region.
A tension-compression force sensor is placed at the top
of the beam center, as is shown in Fig. 2. The internal
tension force of the high strength steel strand can be
monitored by the force sensor.

Anchor

(a)

Force sensor
Beam

Steel strand

230

600

Steel plate

2.3 LOADING PROTOCOL

Actuator
1

Displacement-control protocol was adopted for both
monotonic and low frequency cyclic tests. In accordance
with American standard ASTM D1761-88 [17], the
monotonic loading was applied at a constant rate of 5
mm/min. For this test, monotonic test adopted 1% as the
maximum inter-storey drift to test the gap opening
mechanism and test initial moment-resisting capacity of
the joints. For the low frequency cyclic test, the
Consortium of Universities for Research in Earthquake
Engineering (CUREE) protocol was adopted according
to American standard ASTM E2126-11 [18]. The
reference deformation of the CUREE protocol (i.e. Δ)
was determined as 3 % of the inter-storey drift of the
joint (i.e. Δm). The CUREE protocol includes initiation
cycles, primary cycles and trailing cycles. The loading
protocol begins with six initiation cycles with an
amplitude of 0.05Δ, followed by the first primary cycle
with an amplitude of 0.075Δ, and then rise up to the final
primary cycle with an amplitude of 2.0Δ. Each primary
cycle is followed by six trailing cycles with 75 % of the
amplitude of the primary cycle.
In order to thoroughly understand the performance of the
joints, primary cycles up to 4.0Δ were considered after
the CUREE protocol. The ultimate states of the joints
were then revealed. The CUREE protocol and ultimatecycle protocol are presented in Table 2 and Fig.3.

350

Hinge

120 120

2

Steel cap

320

Bolts

250
190

Anchor bolt
5

6

8

9

7
10
Column

3

12

11

180

4

640
LVDT

180

Figure 2: est specimen layout all imensions are in mm

Considering the centroid of the column as the rotation
center of the joint specimen, the moment and
corresponding rotation of the joint can be calculated by
Eqs. (1) - (6).
 
(1)

   C  C 




C

C

ap

(2)

  180

 arctan 2 1  
350

 

(3)

 4  180

 arctan 3
  
640


(4)

li , j 



ap

i



j

l  l  180

 arctan 5,8 7,10  
240  


Table 2: Cyclic loa ing protocol
Load
step
1
2
3
4
5
6
7
8
9
10
11
12
13
14

(5)
(6)

where F is the lateral force applied on the specimen by
the actuator, and H is the vertical distance between the
loading point and the rotation center. As shown in Fig. 2,
θ is the rotation of the beam relative to the rotation
center, θBC is the rotation of the beam relative to the
column, θSC is the rotation of the column relative to the
steel connection plate, li,j is the distance between LVDT i
and LVDT j, and θGap is the opening gap in the beam and
column contact region. S1, S2, S3 and S4 are the

3

Primary
cycle(Δ)
0.05
0.075
0.1
0.2
0.3
0.4
0.7
1
1.5
2
2.5
3
3.5
4

Cycle amount
(primary & trailing)
6
7
7
4
4
3
3
3
3
3
2
2
1
1
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In order to quickly recover from major earthquake, it is
assumed that demolishing of steel cap, yielding of steel
strand and run-through cracking of wood members are
the ultimate states of the self-centering joints. Except for
wood member destroying, the joints would quickly
recover from the main failure modes and left scarcely
any damage.
The initial failure was concentrated yielding failure on
the steel cap at weakened cross section, while no failure
was found in wood members or steel strand. With the
increase of rotations, sliding always appeared between
the beam and the steel cap. At larger rotations, steel cap
was torn apart in S1 specimen when the drift went up to
10.5%, as is shown in Fig.4(a) and (b). In the S2
specimen, the joint failed with a run-through crack
appeared. Except for these, no other damage was caught
in sight.
The high strength steel strand remained elastic stage
during the whole loading process. Yielding concentrated
at the design section in steel cap while the wood
members maintained damage-free state at a maximum
inter-storey drift of 6%. Thus it could be concluded that
the steel cap and steel plate at column side efficiently
protected the wood members from destroying and made
it easier to recover from major disasters. The design
objectives were satisfied.
After the run-though crack appeared in S2 specimen at
7.5% inter-storey drift, it still carried load well and has
the superior energy dissipation performance. Last loop
maximum 12% inter-storey drift for S2 specimen is
shown in Fig. 5.

Figure 3: oa ing protocol

3

RESULTS AND DISCUSSIONS

3.1 FAILURE MODES
Failure modes of the joints from cyclic tests are shown in
Figure 4.

Figure 5: ast cyclic loa ing loop

3.2 HYSTERETIC LOOP AND BACKBONE
CURVE

Figure 4: ailure mo es a en ing-shear ailure,
in the eakene section o steel cap

The typical hysteretic loop and corresponding backbone
curve from cyclic tests are shown in Figure 6.
The typical hysteretic loop shows a flag shape with
pinching phenomenon. The high strength steel strand
displays self-centering mechanism and the pinching

tearing
4
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phenomenon is mainly caused by the unrecoverable
deformation of the wood components. The 10mm-thick
steel plate at the interface of beam-column joint largely
avoids the column from sagging at stress perpendicular
to wood grain. With the increase of rotation, the
pinching phenomenon turns more severe due to the
damage accumulation in the specimens and sliding
between beam and steel cap, which is mainly caused by
bolts squashing bolt holes of the beam. After the
weakened cross section in the steel cap yielded, stiffness
of the joint decreased and energy dissipation
performance appeared. The moment-drift curves of both
specimens are shown in Fig.6 (a).
The backbone curve is the envelope obtained by
connecting the peak point in each primary cycle of the
hysteretic loops, as is shown in Fig.6 (b) and (c). It is
noted that the backbone curve is nonlinear with stiffness
attenuation caused by wood fracture and bolt bending. If
the backbone curve enters a softening stage in primary
cycle, it shows a decrease of moment-resisting capacity
with severe damage of steel cap.

Figure 6: oints testing result a moment- ri t cur es
comparison,
ack one cur e o
, c ack one cur e o

On comparison with S2 specimen with a 60kN initial
internal force in the steel strand, S1, which applied 40kN
initial steel strand force, displayed slightly inadequate in
dissipating energy. The hysteresis curves of both
specimens were similar since the steel cap and bolts
were designed in the same parameters. Due to the elastic
stage of the high strength steel strand during the whole
loading phase, the yielding of both bolts and steel cap
determined energy dissipation performance. Sudden
decrease of moment-resisting capacity was found in S1
for the tearing of steel cap at 10.5% drift. However,
major crack in wood beam, which was initially found at
7.5% drift in S2, scarcely affect energy dissipation.
The backbone curves also approximately fitted the
monotonic tests results of both specimens. Fig.7 shows
the monotonic tests (inter-storey drift 0.2% -1.2%)
results and backbone curves carried out from cyclic tests.
Thus, the tests predicted that moment-drift curves of
monotonic tests would fitted well with backbone curves
of cyclic tests.

Figure 7:

onotonic loa ing results an

ack one cur es

Tests at maximum inter-storey drift were shown in Fig.8.
5
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dissipation. With slight deformation of wood members
and the plastic bending of both bolts and weakened cross
section in steel cap, the EVDR of the self-centering joint
increases rapidly from 2% to 12%. Since bolt yielding
and steel cap yielding has become the major energy
dissipation mechanism, the EVDR of the self-centering
joint remains increasing at the last primary cycle, in
which the maximum inter-storey drift is 10.5% for S1
specimen and 12% for S2 specimen.

With no clear wood-member-damage seen at the
ultimate state, the proposed self-centering beam-column
joint will rapidly recover from major earthquake by
simply replacing steel cap and re-tensioning steel strand.

Figure 9:

ui alent iscous amping ratio

Table 3:

Figure 8: ast primary cycle loa ing a
ri t

ri t,

3.3 ENERGY DISSIPATION
The energy dissipation capacity of different joints can be
compared by the equivalent viscous damping ratio
(EVDR), which is calculated by:
he 



Drift(%)

S1

S2

0.6

0.050

0.048

0.9
1.2
2.1
3.0
4.5
6.0
7.5
9.0
10.5
12.0

0.037
0.031
0.038
0.036
0.055
0.073
0.082
0.084
0.093
-

0.044
0.045
0.045
0.061
0.065
0.075
0.088
0.093
0.101
0.113

The comparison between two specimens displayed that
S1 had a relatively low equivalent viscous damping ratio,
which was possibly caused by the initial imperfection of
steel cap in S1. This in turns highlighted the critical role
of steel cap in construction of the self-centering glulam
joints.

(7)



ui alent iscous amping ratio

p

where Ed is the energy dissipated in one cycle equal to
the enclosed area of the hysteretic loop, and Ep is the
nominal elastic potential energy equal to the sum of the
product of the maximal moment and the corresponding
rotation in both the positive direction and the negative
direction. The comparison of EVDR from inter-storey
drift of 0.6% to 12% is shown in Figure 9 and Table 3.
The EVDR of the self-centering joint is about twice that
of the glulam joint at each primary cycle, showing that
the self-centering joint performs well in energy

3.4 SELF CENTERING CAPACITY
The variations of the internal tension force in the highstrength steel strand is shown in Figure 7. The high
strength steel strand for S1 specimen was initially loaded
with 40kN internal force, while S2 specimen was loaded
60kN.
In both specimens, the internal force increased with the
increase in inter-storey drift. It should be noted that the
6
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The increase in the Fig.10(c) of PT force loss in S1
specimen at 10.5% inter-storey drift may be due to the
sudden torn of steel cap. The reason for the PT force loss
should be thoroughly studied in the further research.

inelastic performance in the graphs didn’t come from the
strand plastic behavior but from the relatively larger
deformation of wood members as for the lower Young’s
modulus of wood material. Similarly, the nonlinear
behavior didn’t come from the material nonlinear
behavior, but as the actuator pushed or pulled the beam
to larger drift, displacement transvers to the steel strand
increased and caused less longitudinal strain increase.
Furthermore, as the residual strain in wood members,
especially strain perpendicular to grain in column
members, increased in large drift cycles, the posttensioning force loss increased, as is shown in Fig. 10 (c).

4 CONCLUSIONS
In order to provide possible solutions to minimize the
residual deformation of heavy timber structure after
major earthquakes, and to improve the connection
rigidity of glulam beam-to-column joint, this paper
proposes a post-tensioned (PT) energy dissipating beamto-column joint. A feasible study is firstly conducted,
and the hysteretic behaviour and self-centering capacity
of the joint are evaluated based on the results from cyclic
loading tests. Following conclusions could be made:
1. Maximum 10.5% inter-storey drift for S1 specimen
and 12% for S2 are applied. The ultimate states are
assumed to be demolishing of steel cap, yielding of steel
strand and major crack in the wood members.
2. Except for the damage in removable steel cap and
crack at the end of beam, no other damage is found and
the results of the cyclic tests illustrate superior and
similar energy dissipation performance for both
specimens.
3. EVDR increases with drift raises as yielding of both
bolts and steel cap is the main controlling factors of
energy dissipation. The initial imperfection of steel cap
in S1 may be blamed for the lower EVDR compared
with S2 specimen.
4. Wood members deformation and geometrical
nonlinearity are the causes of the nonlinear plastic
performance of the steel strand. The extreme PT force is
far beyond the yielding force of steel strand.
Results showed that the proposed joint is able to undergo
large
deformations
with
energy
dissipation
characteristics while keeping the beam and column from
demolishing. But further research is required to clearly
describe the behaviour of this self-centering beamcolumn joint:
1. Both simplified discrete spring model and refined
finite element model should be developed based on an
equivalent iterative sectional analysis procedure to
predict the moment-rotation relationship in order to
access the hysteretic behaviour of the proposed joint.
And so as to carry out reliable design procedure.
2. New methods or designs should be conducted to
minimize deformation and damage in the wood members.
Thus reduce the PT force loss in the steel strand.
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SHEAR RESISTANCE AND FAILURE MODES OF EDGEWISE MULTIPLE
TAB-AND-SLOT JOINT (MTSJ) CONNECTION WITH DOVETAIL DESIGN
FOR THIN LVL SPRUCE PLYWOOD KERTO-Q PANELS
Mira Dedijer1, Stéphane Roche2, Yves Weinand3
ABSTRACT: The objective of this study is to experimentally analyse effects of geometry variations of Multiple Tab
and Slot Joint (MTSJ) connection with dovetail design on shear mechanical behaviour. Direct shear test was performed
on angular ( ϕ = 90 ) MTSJ connection made of Kerto-Q 21mm-thick spruce plywood laminated veneer lumber (LVL)
panels. Connection was examined in its configuration of three tabs/slots per edge. Nine different geometries of MTSJ
connection were tested. In order to provide better understanding of mechanical behaviour of the connection, results
were compared with finger joint (F) connection. Two characteristic failure modes were observed. Influence of three
theta angles which define geometry of MTSJ connection was analysed concerning shear strength and stiffness.
Connection showed very ductile shear behaviour with relatively high stiffness. It has been shown that by increasing  3
angle above 30°, shear strength decreases. On the other hand, the highest influence on shear stiffness is due to  2 and
 3 rotations.
KEYWORDS: shear, multiple tab-and-slot joint connection, structural wooden panels, laminated veneer lumber,
dovetail joint.

1 INTRODUCTION 123
The use of structural wooden panels as a building
material has become more and more widespread during
the last years. Thanks to the new developments in
computer design and digital fabrication, timber
construction industry is experiencing significant
innovations in fabrication technology and structural
applications. The possibility of discretising structural
surfaces with 2D panel elements presents an interesting
new challenge in timber construction industry. Therefore
structural systems such as folded plate structures and
plate shell structures build out of discrete panel elements
present efficient systems for spanning large distances.
Pre-fabrication of discrete elements and their on-site
assembly provides more cost-effective way of
construction so such structural systems have great
potential for commercial use. Moreover, they provide an
integral way of construction as they can act both as load1
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bearing structure and cladding at the same time, which
makes them advantageous over other structural systems.
Since panels need to be connected along their edges, due
to limited panel thickness design of connection detail
presents a challenging task.
Connections serve as essential load-bearing elements as
they transfer forces between the components of structure
and maintain integrity of the system. In plate shells and
folded surface structures, connections nearly always
weaken structure as they disturb material continuity. On
the other hand efficient edgewise connection ensures
structural interaction of members and thus sufficient
structural stiffness. The most commonly used method for
jointing thin timber panels is by using metal fasteners.
According to EC5 the minimal distance from the screw
to the edge of the panel is 4d (d-diameter of screw) [1].
This constrain can consequently require thicker panels
with regard to connection detail design rather than loadbearing capacity of the structure.
Very recent re-discovery of integral mechanical
attachments with the possibility of creating all-in-one
joining with connections generated during the cutting
process presents promising connecting solution for thin
timber panels [2] and [3]. The Multiple Tab-and-Slot
Joint (MTSJ) connection has been developed for
edgewise joining of structural wooden panels inspired by
historic woodworking techniques where dovetail and
finger joints are the oldest known connecting methods.
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The main advantage of using these form-fitting joints is
that, in addition to their load bearing function (connector
feature), they also integrate features for the fast and
precise positioning of thin elements (locator feature).
Locator features constrain the relative movements of
parts to only one possible assembly direction which is
crucial for the fast and precise assembly. Moreover,
these joints do not impose any constraints on the panel
thickness.
Mechanical behaviour of panel connections is rarely
addressed in the existing literature. Finger joint
connection for timber panels integrated in robotically
fabricated lightweight timber plate systems was
presented in [4], [5] and [6]. Connection was tested with
different setups on lateral, normal and shear force
transmission and very good results were achieved for the
shear strength [4]. The application of finger joint
connection with crossing screws was successfully
applied to segmental plate shell [6]. In this research
finger joint connectors were used to resist decisive inplane shear forces, whereas the smaller axial forces and
out-of-plane shear forces were still taken up by crossing
screws. It has been shown that by application of finger
join more forces are attracted to flow through the
connection in the form of in-plane shears instead of axial
forces.

around newly obtained u 2' for an angle  2 which results
in defining new connection axes (u1'' , u 2'' = u 2' , u3'' ) . This
rotation defines orientation of the locking faces in
reference to the panel F0 . Finally, last rotation is around
newly obtained u3'' for an angle  3 which results in
defining insertion vector. This rotation defines
inclination of the tabs/slots in reference to the panel F0 .

Figure 1: Description of MTSJ connection

The goal of this study is to experimentally analyse
effects of geometry variations of MTSJ connection with
dovetail design on shear strength and stiffness.

MTSJ connection is one degree of freedom (1DOF)
connection meaning that the two panels can be
assembled only along the single direction defined by
vector of insertion. The relative positioning as well as
the load-transfer between the two connected panels are
defined by the geometry of the MTSJ connection. In
total, ten parameters define MTSJ connection as shown
in Table 1 [8]. Depending on the chosen parameters
(dihedral angle between the two panels as well as the
tool inclination limits of the CNC cutting machine),
possible combinations of the rotation angles can be
defined

1.1 Multiple Tab-and-Slot Joint Connection (MTSJ)

Table 1: MTSJ connection parameters

The application of MTSJ connection for timber panels is
quite new. Semi-rigid behaviour of this connection with
dovetail design has been analysed both experimentally
and numerically on box-beam samples for spruce
plywood Kerto-Q LVL in [7]. Influence of tab length has
been examined where connection showed promising
stiffness results in shear.

Multiple Tab and Slot Joint (MTSJ) connection consists
of teeth (tabs) and hollows (slots) as shown in Figure 1.
The term “multiple” refers to the repeated number of
tabs/slots alongside the edge, being larger than one.
Geometry of MTSJ connection is obtained by three
successive rotations (denoted by three theta angles (
1 , 2 , 3 ), following the convention of the Bryant’s
angles as detailed described in [3] and [8].

Three rotations define two important guidelines of the
connection: insertion vector and vector normal to the
locking face. Each of the two connected panels ( F0 and

F1 ) has its normal ( n0 and n1 ). Therefore joints main
axes

are

defined

as:

u1 = n0 × n1 ;

u 2 = n0 and

u 3 = u1 × u 2 . First rotation is around the axis of the
connection u1 for an angle 1 which results in defining
new connection axes (u1' = u1 , u 2' , u3' ) . Second rotation is

Parameters
Insertion angle (1)
Insertion angle (2)
Tab angle
Dihedral angle
Tab length
Panel thickness
Panel Specific Gravity
Angle edge to grain
Notch 12mm
Tool angle T241

Symbol

1

2
3
ϕ
Lt
Tp

rk

α

r



Unit
°deg
°deg
°deg
°deg
mm
mm
kg/m3
°deg
t or b
°deg

2 MATERIALS AND METHODS
2.1 Specimens Material
Specimens were constructed of Metsä Wood spruce
plywood Kerto-Q laminated veneer lumber (LVL) panels
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with spruce ply orientation I-III-I (0-90-0-0-0-90-0).
Panels used in this study have thickness of 21mm with
the specific gravity 480kg/m3 [9].
Kerto-Q is produced from 3mm thick rotary-peeled
veneers of Norway spruce glued together to form a
continuous sheet. The lay-up of the cross-section of
21mm panels consists of cross-bonded veneers. This
means that four-fifth (80%) of veneer is parallel grained
and one-fifth (20%) is glued crosswise. This way
structure improves the lateral bending strength and
stiffness of the panel, thus increasing the shear strength
and provides good solution when high shear strength is
one of the requirements. In following, parallel grained
layers will be denoted as “0” and perpendicular grained
as “90”.
2.2 Description of the specimens
All specimens are constructed as L-shaped containing
two panel elements ( F0 and F1 ) connected with MTSJ

connection with dovetail design. All specimens
(including both elements) have parallel grain orientation
in reference to direction of load. Series of specimens
with grain orientation are shown in Figure 2. Grain
direction is defined as the direction of majority of
veneers. In total thirteen different series of specimens
were tested with five replicates of each one. Nine series
are:
•

•

FS - Finger joint with addition of screws. 3x
Würth ASSY screws (4mm x 60mm) were put
through the each tab of one panel ( F0 or F1 ) to
the slot of the another one;

•

G - Glued connection where two panels with
same outer dimensions are glued alongside the
edge;

•

S - Screwed connection where two panels are
connected with 3x Würth ASSY screws (4mm x
60mm) on the same position as in the series FS;

In all series D1-D9, F and FS the chosen tab length in
the axis of the connection is 50mm. All specimens
consist of three tabs/slots per edge.
Specimens were cut with MAKA 5-axis CNC machining
robot. Considering the cutting process inside corners
cannot be sharp so “notches” are imposed on the interior
corners of the connection as shown in Figure 1. There
are two possible geometries of notches, bisector and
tangential. In this test we choose bisector type as more
material consuming and thus with less reduction of shear
surface. Presence of notches influences the effective
force-resisting (shear) area as it reduces shear surface in
some series of specimens.

D1-D9 - MTSJ connection with dovetail design
having nine different geometries in relation to
different theta angles according to Table 2.

Considering the constrains that selected dihedral angle
between the parts is ϕ = 90 and tool inclination angle is
 = 30 , possible combinations of theta angles are
determined and given in Table 2. The angles were
chosen as extreme values of each of the three ( 1 ,  2 ,  3 )
where the remaining two angles are then determined
according the algorithm described at [9].
Table 2: Combinations of theta angles

D1
D2
D3
D4
D5
D6
D7
D8
D9

1

0
0
0
45
45
45
90
90
90

2
0
30
0
0
31
0
0
30
0

3
±10
±10
±30
±10
±10
±38
±10
±10
±30

For comparison reasons remaining four series are:
•

F - Finger joint connection which can be
considered as MTSJ connection having all theta
angles equals to zero;

Figure 2: Series of specimens

2.3 Method of testing
Direct shear test was performed and specimens were
subjected to uniaxial compression. Designed setup
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consists of two vertical steel brackets and wooden
specimen is clamped between those brackets as shown in
Figure 3. One of the brackets is fixed while the other one
is free and movable. Wooden specimen is tightened
between the brackets using three 10 bolts. Entire set-up
is further fixed for the 15mm thick steel base plate which
is clamped for the stable base. Panel F0 was fixed in all
replicates and load was applied to the panel F1 . Steel
“cap” covers the top of the panel F1 in order to secure
proper load distribution and avoid destruction of timber
specimens due to the pressure of steel head from the
cylinder. The “cap” is designed the way so to ensure
application of load exactly in the axis of the connection.

The loading direction was parallel to the grain for both
fixed and movable panel. Load was applied vertically in
the axis of the connection using 20kN cylinder and
measured by 50kN HBM C2 load cell transducer. The
relative slip between the fixed and movable member was
measured on two positions (at each of the tabs) using
two Linear Variable Differential Transformers (LVDT)
sensors. The relative slip was further taken in the
analysis as the average value from the two displacement
transducers.
Load and displacements were recorded and averaged
data from five replicates of each specimen are presented
graphically. In total 65 samples were tested. All
specimens were tested until the failure.

3 RESULTS AND DISCUSSION
3.1 Failure Mode
For proper design of connections it is important to
understand load path within the connection and failure
modes which can occur. Failure modes depend on the
connection geometry, as well as the material and its
associated failure modes. The failures of the MTSJ
connection specimens can be classified into two failure
modes:
a.
b.

Failure of the first and second tab
Failure of the first and third tab

First, second and third tab are denoted counting from the
top to the bottom of the specimen and belonging to the
panels F0 , F1 , F0 in alternating order.
Figure 4 shows characteristic failures of MTSJ
connection. In all tested samples, and at each of the tabs,
failure occurs in layers oriented parallel to the grain.
Therefore, it is very obvious splitting of the layers on the
glued contact between second (90) and third (0) layer as
well as between fifth (0) and sixth (90) layer. Also, first
(0) and seventh (0) layer (two outer) quite often split
from the second (0)/sixth (0) layer from the same reason.
First failure mode is characteristic for the connections
D2, D3, D5, D6, D8 and D9. In this failure mode, after
the application of load, cracks appear on the first tab.
With further increase of load, load is redistributed to the
third tab. However, third tab resists further loading while
in the same time makes thrust on the second tab.
Therefore, failure occurs in the second tab caused by this
thrust. For all series of specimens characterized by this
failure mode it is characteristic that they have more
extreme angles comparing to those exhibiting second
failure mode.

Figure 3: Designed setup for shear test

Second failure mode appears in connections D1, D4 and
D7. This failure mode is also characteristic for the
connections F and FS. All series of specimens with this
failure mode are characterized by small values of
rotation which determines inclination of tabs. In this type
of failure, load-distribution is as expected. After
application of load, primarily first tab is loaded. With
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more increase of load first cracks appear on this tab and
load is further distributed to the third tab. After the
application of critical load failure occurs in both, first
and third tab.
a)

3.2 Replicate comparison
Five replicates of each of the thirteen series of specimens
were tested in shear. Between the replicates we did not
observe any large imbalances in stiffness and ultimate
load values. Therefore, average curves are considered to
be relevant, and will be observed for the further analysis
and comparison between the specimens.
3.3 Envelop load-slip curves

b)

Figure 6 shows the envelope load-slip average curves
obtained from experimental results of tested specimens
D1-D9, F, FS, S and G that were loaded parallel to the
grain. Ultimate load and ultimate shear strength values
are presented in the Table 3. Only glued connection
showed highly brittle failure. All other connections
showed certain amount of softening after the failure.
Hardening occurred in D8 and D2 connections. Screwed
connection has significantly lower resistance comparing
to all other connections. FS connection has weaker
performances compared to F connection. This could be
explained in relation to the re-distribution of the load
between two connectors (finger joint and screws). Since
connection accomplished by screws has significantly
lower performances in shear, presence of screws will
weaken the overall resistance of this “composite”
connection for the percentage of their impact on shear
load-transfer.

Figure 4: Characteristic failures – load parallel to the grain:
a) first failure mode, b) second failure mode

Concerning glued specimens, characteristic failure
happens in first layer by diagonal split as shown on
Figure 5.

Figure 6: Load-slip non-linear average curves for shear

Figure 5: Characteristic failure of glued specimens

Comparing to F connection, all specimens (D1-D9)
resisted higher ultimate load. D4 and D9 connections
had ultimate loads 18% higher than F connection.
Ultimate shear strength was calculated as a ratio between
the mean ultimate load (mean is related to average of 5
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replicates) and force-resisting area. Force-resisting area
was measured from the 3D geometry of specimens
prepared for fabrication process. This area is reduced in
some series of specimens due to presence of notches
imposed during the fabrication process. Although
notches reduce force-resisting area in certain extent, their
positive impact reflects in avoiding sharp corners which
are places for possible concentration of stresses.
Table 3: Ultimate load and shear resistance

sample

D1
D2
D3
D4
D5
D6
D7
D8
D9
F
FS
S
G

degree

Mean
Ultimate
Force
kN

Forceresisting
area
mm2

Ultimate
shear
strength
N/mm2

00-00-10
00-30-10
00-00-30
45-00-10
45-31-10
45-00-38
90-00-10
90-30-10
90-00-30
finger j.
f+3xscrew
3xscrew
PUR glue

11.59
11.92
11.6
13.18
11.26
11.22
12.53
12.76
13.13
10.68
9.54
3.55
11.31

2100
2100
2100
2209.96
2226.98
2587.26
2255.52
2279.58
2609.22
2100
2100

5.52
5.68
5.52
5.96
5.06
4.34
5.56
5.6
5.03
5.09
4.54

4725

2.39

1 -  2 -  3

Shear resistance in reference to  2 angle can be seen if
we compare configuration: D1 and D2; D4 and D5; D7
and D8. Maximum difference in their shear strength is
between D4 and D5 connections for about 15%. Other
two pairs differ up to 3% which is negligible.
3.4 Linear load-slip curves
The initial stiffness was calculated from the elastic
range of the corresponding load-slip envelopes. Limits of
the linear-elastic range were taken between 10% and
40% of the ultimate load. The curves are obtained using
linear regression by averaging the linear fits of five
replicates of each specimen. Therefore, corresponding
linear curves are displayed in this range (10%-40%) and
shown on Figure 7. The corresponding mean values of
shear stiffness are given in Table 4.
Effects of geometry variations of MTSJ connection on
shear stiffness were further analysed. Nine (D1-D9)
series of MTSJ connection were compared with F
connection which is considered as MTSJ connection
having geometry (00-00-00). Comparing to the F
connection, from experimental results we can see that
introduction of theta angles affects shear stiffness
notably.

Except D5, D6 and D9 connections, all other specimens
showed notably higher shear strength comparing to F
connection. The highest shear strength showed D4 (4500-10) connection. On the other hand, the lowest shear
strength is characteristic for the connection D6 (45-0038). Difference in their shear resistance is for about 27%.
Concerning geometry of the two connections (D4 and
D6), they differ only in  3 angle. Therefore difference in

their shear strength is relevant. However, similar trend is
not characteristic for the connection pairs D1 (00-00-10)
- D3 (00-00-30); and D7 (90-00-10) - D9 (90-00-30).
Despite their difference in only  3 angle they still have
similar shear resistance between each other. However,
D6 connection has the most extreme  3 angle comparing
to all other mentioned pairs. Therefore it is obvious that
by increasing  3 up to 30 degrees, resistance remains

similar. But by increasing  3 more, up to 38 degrees,
shear strength decreases significantly.
Influence of 1 angle on shear resistance can be analysed
similar way. D1, D4 and D7 configurations differ only in
1 angle ( 1 =00/45/90). Maximum difference (between
D1 and D4) in their shear resistance is for about 7%.
Similar trend is obvious for the connections D2, D5 and
D8 where maximum difference (between D2 and D5) is
for about 11%. Therefore, no matter on the obvious
difference in 1 rotation, resistance does not change
significantly.

Figure 7: Load-slip average linear curves for shear (between
10% and 40% of Fmax)

By increasing  3 angle up to only 10 degrees as in D1
(00-00-10) connection, stiffness increases for about 26%
comparing to F (00-00-00) connection. However, by
further increase of  3 up to 30 degrees as in connection
D3, shear stiffness decreases comparing to both D1 and
F. In relation to F connection stiffness is lower for about
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11% meaning that large  3 rotation has negative impact

on shear stiffness of MTSJ connection.

Influence of the 1 angle can be analysed by comparing
specimens D1, D4 and D7. Maximum difference in
stiffness is between the specimens D1 and D7 for about
8%. Similar trend can be seen if we compare specimens
D2, D5 and D8. Here maximum difference is between
D5 and D8 connections for about 10%. However,
difference in stiffness between the specimens D3 and D9
is larger and it is about 23%. Although most of the
results indicate minor impact of 1 angle on shear
stiffness, according to results in combination with other
rotations its influence cannot be completely excluded.

Connection was examined in its configuration of three
tabs/slots per connection. In total, thirteen different
series of specimens with five replicates of each one were
tested and results were analysed and compared. Ultimate
strength and stiffness characteristics associated with
different geometries of MTSJ dovetail connection were
observed and compared with reference specimens. The
current study has the goal to investigate effects of
geometry variations of MTSJ dovetail connection on
shear mechanical behaviour. The obtained results can be
summarized as follow:
1.

a.
b.

D1
D2
D3
D4
D5
D6
D7
D8
D9
F
FS
S
G

degree

Mean
Stiffness
(10%-40%)
kN

00-00-10
00-30-10
00-00-30
45-00-10
45-31-10
45-00-38
90-00-10
90-30-10
90-00-30
finger j.
f+3xscrew
3xscrew
PUR glue

10.83
6.27
7.07
10.72
5.90
5.38
9.98
6.56
9.21
8.01
3.78
1.13
14.19

1 -  2 -  3

Stiffness of the MTSJ connection in reference to  2
angle is analysed further. In order to examine influence
of this angle following pairs are compared: D1 and D2;
D4 and D5; D7 and D8. Differences in shear stiffness
between the compared configurations are 27%, 44% and
34% respectively. This angle shows the highest
imbalance in stiffness between the tested specimens.

4 CONCLUSIONS
Shear tests were conducted on Multiple Tab-and-Slot
Joint (MTSJ) edgewise connection for Kerto-Q 21mm
thick plywood LVL structural wooden panels. Nine
different geometries of MTSJ connection with dovetail
design (D1-D9) were tested experimentally. For
comparison reasons four additional series of specimens
were tested (F, FS, S, G). All specimens have following
characteristics:
•
•

Tab length Lt = 50mm
Panel thickness T p = 21mm

•

Dihedral angle ϕ = 90

Failure of the first and second tab
Failure of the first and third tab

First failure mode is characteristic for the
connections D2, D3, D5, D6, D8 and D9.
Specimens which exhibit this failure mode have
the most extreme angles  2 and  3 which are the

Table 4: Average stiffness

sample

Two representative failure modes were observed:

angles that determine orientation of locking faces
and inclination of tabs/slots respectively. On the
other hand, second failure mode is specific for the
connections D1, D4, D7, F and FS. Those
connections are characterized by small values of
previously mentioned rotation.

2.

In comparison to F connection, which can be
considered as MTSJ connection having all theta
angles equals to zero, all nine series of MTSJ
specimens (D1-D9) are able to withstand higher
ultimate load. Except D5, D6 and D9 connections,
all other specimens showed notably higher shear
strength comparing to F connection. The highest
shear strength showed D4 connection while the
lowest shear strength is characteristic for the
connection D6. Concerning three theta angles, it
could be concluded that angles 1 and  2 do not
have significant influence on shear resistance. On
the other hand, by increasing  3 above 30

degrees, shear strength decreases significantly.
3.

Introduction of theta angles affects shear stiffness
notably comparing to F connection. Influence of
1 angle on shear stiffness is of minor
importance, yet it cannot be completely excluded.
The highest influence on shear stiffness is due to
 2 and  3 rotations. By increasing  3 angle up to
only 10 degrees as in D1 connection, stiffness
increases for about 26% comparing to F
connection. Difference in shear stiffness in
reference to  2 rotation is up to 44% as between
specimens D4 and D5.

In order to find the most optimal ranges for three
rotations and their interactions, more combinations of
angles should be examined and analysed.
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EFFECTS OF ARRANGEMENT OF STEEL PLATES ON STRENGTH OF
DOWEL-TYPE CROSS LAMINATED TIMBER JOINTS WITH TWO
SLOTTED-IN STEEL PLATES SUBJECTED TO LATERAL FORCE
Kei Sawata1, Hirokatsu Kawamura2, Ryuya Takanashi3, Yoshinori Ohashi4,
Yoshihisa Sasaki5
ABSTRACT: Cross-laminated timber (CLT) has received particular attention as a structural material, and its material
and joint strengths have been researched. This study derived a strength formula for dowel-type CLT joints with slottedin two steel plates, based on Johansen’s yield theory. When the steel plate is inserted in CLT that has five laminae, the
dowel-type joints with slotted-in two steel plates have thirty-nine yield modes. This study derived the formulas for each
yield mode and compared them with experimentally obtained results. The yield mode assumed by the yield theory was
congruent with the failure mode of the CLT specimens after the experiments. The strength of dowel-type joints
calculated based on the yield theory was close to the yield strength obtained in the experiments.

KEYWORDS: Johansen’s yield theory, Yield mode, CLT, Joint test

1 INTRODUCTION 123
Cross-laminated timber (CLT) has received particular
attention as a structural material and it is often used in
walls and floors of timber structures. For the safety of
timber structures, those structural components require
suitable joints.
Several joint types, for example nailed, screwed, bolted,
and drift-pinned joint and glued-in-rod are used in
structures built with solid lumber and glue laminated
timber, whereas only a few joint types are utilized in
CLT structures. For them, screwed joints with steel sideplate and glued-in rod could be selected. The
development of joining methods may contribute to the
diffusion of CLT structures.
The dowel-type with slotted-in steel-plate joints are
frequently used in timber structures. They are utilized in
structures that demand both ease of work and aesthetics.
The strength of dowel-type timber joints subjected to a
lateral force can be estimated using Johansen’s yield
theory. It depends on the embedding strength of timber,
yield bending moment of the dowel, dowel diameter, and
thickness of timber. When the ratio of timber thickness
to dowel diameter is large, the shear strength of dowel1
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type joints with plural slotted-in steel plates is greater
than that with a slotted-in steel plate. Multiple shear
joints are often used in large-scale structures. The
strength of dowel-type joints with multiple slotted-in
steel plates is affected not only by the timber and dowel
strength, dowel diameter, and timber thickness, but also
by the distance between steel plates. It can be estimated
by an equation based on Johansen’s yield theory [1].
The formula based on Johansen’s yield theory could also
be applied for dowel-type joints with a steel plate
inserted in the CLT [2]. If the number of steel plates
inserted in the CLT is increased, the joint strength is also
expected to increase.
This study estimated, based on Johansen’s yield theory,
the strength of dowel-type joints with two steel plates
inserted in the CLT and performed experiments of
dowel-type joints subjected to a lateral force.

2 MODELING
The derived strength formula for a dowel-type timber
joint subjected to a lateral force is based on a theory
originally proposed by Johansen. In this theory, the
embedding of timber and bending of dowel are assumed
to have perfect stiff-plastic behavior, and several yield
modes of the dowel-type joints are assumed. The yield
mode is based on the hypothesis that the dowel remains
straight during yielding, and the yield moment of the
dowel is reached at several points. The strength of the
dowel-type joints differs according to yield mode.
When solid lumber and glue laminated timber are used
for dowel-type joints, the joints with a slotted-in steel
plate are well known to have three yield modes. If the
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Center line
1st lamina 2nd lamina
rd
3 lamina

Table 1: Yield mode of dowel-type joints with slotted-in
two steel plates.

CLT

Glue line

Steel plate

Part between the edge of CLT and the steel plate
(Left side)
fei

fe1

fe1

fei

fei

fej

fej

fej
Pattern Cj

fei

fej

fei

fej

Pattern Dk

fei

Pattern Fij

fek

fek

Pattern Dj
rs

Pattern Eii

fej

fej fek

fek

Pattern Di

fei

fej

Pattern Ci

fei

fei

fei

fei

Pattern B

Pattern A

fej

fek

Pattern Fik

Part between the steel plate and the center line
rs
(Right side)

fei
Pattern A

fei
Pattern Eii

Left side
PSP
Pattern
PHC
With steel plate inserted in any lamina
A-A
A
1, 2 or 3
With steel plate inserted in 1st lamina
A
1
A-1-E11
A
1
A-1-G12
A
1
A-1-G13
B
1
1
B-1-E11
B
1
1
B-1-G12
B
1
1
B-1-G13
E
1 and 1
1
E11 -1-E11
E
1 and 1
1
E11 -1-G12
E
1
and
1
1
E11 -1-G13
B-1-A
B
1
1
E
1 and 1
1
E11 -1-A
With steel plate inserted in 2nd lamina
A
2
A-2-E22
A
2
A-2-G23
C
1
2
C1 -2-E22
C
1
2
C1 -2-G23
C
2
2
C2 -2-E22
C
2
2
C2 -2-G23
E
2 and 2
2
E22 -2-E22
E
2 and 2
2
E22 -2-G23
F
1 and 2
2
F12 -2-E22
F
1 and 2
2
F12 -2-G23
C
1
2
C1 -2-A
C
2
2
C2 -2-A
E
2 and 2
2
E22 -2-A
F
1 and 2
2
F12 -2-A
With steel plate inserted in 3rd lamina
D
1
3
D1 -3-A
D
2
3
D2 -3-A
D
3
3
D3 -3-A
E
3 and 3
3
E33 -3-A
F
2 and 3
3
F23 -3-A
F
1 and 3
3
F13 -3-A
D
1
3
D1 -3-E33
D
2
3
D2 -3-E33
D
3
3
D3 -3-E33
E
3 and 3
3
E33 -3-E33
F
2 and 3
3
F23 -3-E33
F
1 and 3
3
F13 -3-E33
A
3
A-3-E33
Symbols

Dowel

fei

fej

Pattern Gij

fei

fej

fek

Pattern Gik

Figure 1: Yield pattern of dowel-type joints with slottedin two steel plates.
Open circle, plastic hinge; open triangle, rotation
center; fei, embedding strength of i-th lamina; rs, the
distance from steel plate to glue line

number of slotted-in steel plates is increased, the joints
will have six yield modes. The strength estimation
formula of dowel-type joints with multiple slotted-in
steel plates could also be derived from the equilibrium
equations of forces and moments based on Johansen’s
theory. The estimated values were congruent with the
experimental values [1].
When CLT with five laminae is used in the dowel-type
joints, the joints with a slotted-in steel plate have six
yield modes [2]. The embedding strength of laminae
varies in CLT because they are laminated perpendicular
to each other. Therefore, the formula varies according to

Right side
Pattern
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-
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G
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A
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G
E
G
E
G
E
G
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A
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A
A
A
A
A
A
E
E
E
E
E
E
E

3 and 3
3 and 3
3 and 3
3 and 3
3 and 3
3 and 3
3 and 3

PSP : Position of the steel plate
PHC: Position of the plastic hinge or the rotation center

the position of the plastic hinge. Moreover, if the dowel
that remains straight is rotated in the CLT, the estimation
formula varies in accordance with the position of the
center of rotation. For these reasons, the number of yield
modes is higher than in the case of solid lumber and glue
laminated timber.
When two steel plates are inserted in the CLT with five
laminae, the dowel-type joints have thirty-nine yield
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Figure 2: Outline of the strength formulas of dowel-type joints with slotted-in two steel plates.

modes. These modes are the combination of twelve
patterns that differ depending on the position of the yield
hinge and rotation center of the dowel. The yield pattern
is shown in Figure 1, and the combination of the yield
patterns is shown in Table 1.
The formulas for the twelve patterns were derived as
described as shown in Figure 2. Thereafter, the formulas
corresponding to the yield modes were obtained.
In the Fig.2, fei is the embedding strength of i-th lamina,
F is the strength of the dowel, d is the dowel diameter, ti
is the thickness of i-th lamina, es is the distance from the
CLT edge to the steel plate, rs is the distance from the
glue line to the steel plate, and li is the length of
embedding. In this study, the embedding strength,
parallel and perpendicular to the grain of wood, was

assumed 35 and 17.5 N/mm2, respectively. The dowel
strength was assumed 240 N/mm2. The dowel diameter
was 12 mm and the thicknesses of all the laminae were
30 mm, as described in chapter 3.

3 EXPERIMENTS
Tests of dowel-type joints with slotted-in steel plates
subjected to lateral force were performed on karamatsu
(Larix kaempferi) CLT. The CLT was composed of five
laminae of thickness 30 mm and each lamina was glued
using water-based polymer-isocyanate adhesives for
wood. The CLT specimens were 500 mm in length, 168
mm in width, and 150 mm in thickness. The average
density was 536 kg/m3 (standard deviation: 24.0 kg/m3).
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Dowel
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(es)
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(es)
(es)

Type C

9.5mm 131mm 9.5mm
(es)
(es)

Type D

Figure 3: Configuration of dowel-type joints specimens.

The average moisture content was 10.1% (standard
deviation: 0.234%).
One or two steel plates with a thickness of 9 mm were
inserted in the CLT specimen, which had a 12 mm wide
slit. The experiments were performed on the following
four types of joints:
Type A was a dowel-type joint with a slotted-in steel
plate. The steel plate was inserted in the center of
thickness of the CLT specimen.
Type B was a dowel-type joint with two slotted-in steel
plates. The distance from the edge of CLT specimen to
the steel plate (es) was 54 mm and that between steel
plates was 42 mm.
Type C was a dowel-type joint with two slotted-in steel
plates. The value of es was 30 mm, and the distance
between steel plates was 90 mm.
Type D was a dowel-type joint with two slotted-in steel
plates. The value of es was 9.5 mm, and the distance
between steel plates was 131 mm.
The CLT specimens are shown in Figure 3. Tests were
performed on three or four specimens for each joint type.
The steel plates and CLT were connected with a 12mm
diameter dowel. The dowels were arranged
perpendicular to the interface of the lamina. The ratio of
timber thickness to dowel diameter was 12.5, that of
edge distance of surface lamina to dowel diameter was 7,
and that of end distance of surface lamina to dowel
diameter was 7.
Dowel-type joints under lateral loads parallel to the grain
of surface lamina were tested by monotonic tensile
loading, as shown in Figure 4. The tests were terminated
when the slip exceeded 30 mm or load decreased to 50%
of the maximum load.

Figure 4: Set-up of test for dowel-type joints.
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4 RESULTS AND DISCUSSION
4.1 FAILURE MODE
Figure 5 shows the failure modes of the dowel-type
joints, as obtained from the experiments. The
deformation of wood and a type A dowel showed a D 1
pattern. The B, C, and D cases exhibited the C1-2-A, B1-G13, and A-1-G12 or A-1-G13 modes, respectively. For
the symbols in Fig. 1, see Table 1.
Figure 6 shows the failure of wood. The failure mode of
wood with a type A dowel showed a plug shear failure in
the third lamina. With types B and C, it showed a
splitting failure in the second lamina and a peeling of the
glue line between the first and second laminas or the
second and third laminas. With type D, the failure mode
was splitting from the slit in the first lamina.
4.2 RELATIONS BETWEEN LOAD AND SLIP
Figure 7 shows the load-slip curves of the dowel-type

Type A

Type C

Figure 5: Failure mode of the dowel-type joints

joints. The loads significantly differed with distance
between steel plates. The type D joint, which had two
steel plates and es of 3.5mm, showed a similar load as
type A, which had one steel plate. The type B joint
showed a higher load than these ones. The type C joint
presented the highest load.
The yield strength and ultimate strength were
experimentally obtained from the load-slip relations. The
yield strength was evaluated by the 5% offset method
according to ASTM D5652. With this method, the line
that passes through the points on the curves
corresponding to 10% and 40% of the maximum load is
shifted 5% of the dowel diameter toward the positive xdirection, and yield strength is defined as the intersection
of this line and the load-slip curve. The ultimate strength
was obtained from the maximum load up to a slip of 15
mm, according to EN26891.
Table 2 shows the experimentally obtained results. The
dowel-type joints with slotted-in two steel plates showed
higher yield strength than that with one slotted-in a steel

Type B

Type D
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Type A

Type B

Type C

Type D

Figure 6: Failure of wood.

plate. The yield strengths of types B, C, and D joints
were 1.5, 2.0, and 1.1 times that of type A, respectively.
The ultimate strength of the dowel-type joints was about
1.5 times the yield strength regardless of joint type.
4.3 COMPARISON OF VALUES OBTAINED BY
THE CALCULATION AND THE
EXPERIMENTAL VALUES
Johansen’s yield theory determines the yield strength of
the joint from the minimum of the calculated values that
correspond to some yield modes. However, in the case of
dowel-type joints with two steel plates inserted in the

CLT, both the negative yield strength and discrepancy
between the steel plate position and calculated value of
es were sometimes obtained. This is because a yield
mode, as shown in Table 1, was not suitable for the
joints experimented with in this study. For example,
yield modes E1-1-G13 and D3-3-A would not appear if
the thicknesses of the laminae were equal. Therefore, the
unrealistic values were excluded, and the yield strength
was obtained from the minimum of the remaining values.
The experimentally obtained yield strength of doweltype joints was compared with the joint strength
calculated with the equation in Figure 2. The yield
modes assumed by the equation in Figure 2 for types A,
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Figure 7: Load-slip curve of dowel-type joints.

Table 2: Results of tests for dowel-type joints.

Type A Mean
SD
Type B Mean
SD
Type C Mean
SD
Type D Mean
SD

Yield strength
(kN)
19.8
0.82
29.1
1.29
39.0
2.63
22.1
1.25

Ultimate strength
(kN)
30.7
2.05
42.6
3.33
60.5
11.80
31.2
3.03

B, C, and D joints were D1, C1-2-A, B-1-G12, and A-1G12, respectively, as shown in Figure 8. These results
were congruent with the experimental results, as shown
in 4.1. Figure 9 shows the relation between the strength
of the dowel-type joints and value of es. In the case of
types A and B, the results calculated using the equation
in Figure 2 agreed well with the yield strengths obtained
from the experiments. The yield strengths of types C and
D, calculated using the equation in Figure 2, were 0.82
and 1.32 times those obtained from the experiments,
respectively. The calculated values for the type C joint
underestimated the experimental results. The specimens
of type D were deformed, as shown in Figure 6.
Therefore, the experimentally obtained yield strength
might be smaller than the calculated values. When the
steel plates are not arranged near the edge of CLT, the

results indicate that the equation in Figure 2, which is
based on the yield theory, could be useful for estimating
the strength of the dowel-type joints with slotted-in steel
plates.

5 CONCLUSIONS
The strength of dowel-type CLT joints with slotted-in
two steel plates subjected to a lateral force was
calculated based on Johansen’s yield theory. When CLT
with five laminae is connected with two steel plates, the
yield mode has thirty-nine types. This study derived the
formulas that correspond to each yield mode and
compared them with the results obtained from the
experiments. The yield mode assumed by the yield
theory was congruent with the failure mode of CLT
specimens after the experiment. The calculated strength
of dowel-type joints, based on the yield theory, was
close to the yield strength obtained from the experiments.
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ESTIMATION OF SINGLE SHEAR STRENGTH OF SCREWED JOINT
AFTER TERMITE ATTACK
Takuro Mori1, Kei Tanaka2, Maki Shibao2, Susumu Nishino2, Yoshiyuki Yanase3,
Masafumi Inoue4 and Hiroshi Isoda1

ABSTRACT: This study was aimed at evaluating the single shear strength of wood screwed joints after termite attack
for long term safely of wooden structures. In this study, the single shear tests on wood screwed joints made of
Todomatsu (Abies sachalinensis) or Norway spruce (Picea abies), which were damaged by subterranean termites, were
carried out. At the same time of the test, the specimens were evaluated by two diagnostic tools which measured the
penetration depth of a steel pin and the ultrasonic propagation velocity. As a result, the yield strength was decreasing
accordance with the increase in the penetration depth or decrease in the ultrasonic propagation velocity. It was found
that there was a good correlation between the residual strength and the penetration depth. Furthermore the European
Yield Theory (EYT) and the improved EYT for CLT by Uibel were calculated the yield shear strength of wood screwed
joints after termite attack using a measurement of the penetration depth. As a result, the yield strength calculated by
improvement EYT indicated a good correlation by separating with the sound part and damaged part.
KEYWORDS: Biodeterioration, Termite, Single shear test, Pilodyn, Ultrasonic velocity, EYT

1 INTRODUCTION 123
It is important to evaluate that the existing strength of
wooden construction has kept enough strength
performance for using long term safely. In the high
humidity area of the world, the wooden constructions are
damaged by termites and fungus. Especially, the wooden
construction of Japan are made huge damage by
subterranean termites. Therefore, it is necessary to
understand the residual strength of structural members
and joints damaged by biodeterioration in the wooden
houses and buildings. But there is very limited database
related the residual strength of damaged materials and
joints in relation to the measurements values by the
diagnostic tools. The aim of this study is to investigate
the relationship between the residual strength of the
single shear of wood screwed joint damaged by termites
and the diagnostic tools values. In addition, it is
proposed the estimating method of the residual strength
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of the wood screwed joint using the penetration depth of
the diagnostic tool (Pilodyn®).

2 EXPERIMENT
2.1 SPECIMENS
The shape and dimensions of a test specimen and the list
of specimens made of Todomatsu (Abies Sachalinensis)
or Norway spruce (Picea abies) are shown in Figure 1
and Table 1, respectively. The wood screw is 45 mm in
total length, 40 mm in screw length, and 5.4 mm in
outside diameter. The steel plate is 3.2 mm in thickness
and has a hole of 6.0 mm in diameter.
Thickness: 3.2
Pilot hole: φ6.0

200
50

40

20
0
5

Wood screw
Shank diameter: 5.8
Thread diameter: 5.4
Length of screw: 40

0
5

9

9

(Unit: mm)

Figure 1: The shape and dimensions of a test specimen
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Table 1: The list of specimens

Species
Todomatsu
Norway spruce

Control
20
11

Number of specimens
Termite attack
Total
96
116
52
63

2.2 TERMITE TREATMENT
Figure 2, 3 shows location of set-up termite treatment.
The damaged specimens were carried out in pine forest
close to the sea in Kagoshima and Wakayama, Japan.
These are good areas in which termites live. The testing
specimens were placed in the box in Wakayama (Figure
2), and in the simple cabin in Kagoshima (Figure 3),
because of termites dislike the flow of air, the light and
the dry.

Figure 4: Diagnostic tool (Pilodyn) and measurement scenes

Figure 5: Diagnostic tool (Doctor Wood) and measurement
scenes
Ultrasonic propagation velocity
(T direction)

Figure 2: Location of specimens set-up (Wakayama)

Penetraion depth
(screw hole side
after steel plate removed)

Ultrasonic propagation velocity
(R direction)

0
1

Measurement position
of density

Figure 3: Location of specimens set-up (Kagoshima)

2.3 DIAGNOSTIC

EQUIPMENT

The diagnostic tools were used from measuring the
penetration depth is called Pilodyn (Figure 4), and the
ultrasonic propagation velocity is called Doctor Wood®
(Figure 5). The measurement position of the penetration
depth, ultrasonic propagation velocity and density is
shown in Figure 6, respectively. The measurement of the
penetration depths were carried out at the both side of
screw hole after removed the steel plate, and it was used
the average value. The measurement of the ultrasonic
propagation velocity were carried out at tangential
direction across the fastened wood screws (T direction),
and radial direction close to the screwed position (R
direction) before the single shear test. And the density of
specimen was calculated by using the volume before
termite attack and the weight of the position were shown
in Figure 6. Besides, the measurement of the moisture
contents using the same test piece at the density sample
was carried out, consequently it showed between 6.8 and
11.5 % in the Todomatsu, between 7.0 and 12.8 % in the
Norway spruce.

(Unit: mm)

Figure 6: Measurement position of the penetration depth and
density

2.4 SINGLE SHEAR TEST
Figure 7 shows the set-up for the single shear test of a
wood screwed joint. The tests were carried out following
a reversed cyclic loading protocol of the position control
procedure (±0.5, ±1, ±2, ±4 and +25mm) at a loading
speed of 2 mm/min. The displacement was measured
relative displacement by LVDT.
P

Transducer

Specimen

Wood screw

P
Figure 7: Set-up for the single shear test
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3 RESULTS AND DISCUSSION
3.1 CONDITION AFTER TERMITE ATTACK
Figure 8 shows the density of before and after termite
attack. The density of after termite attack shows a
smaller average than before ones. Figure 9, 10 show the
conditions after termite attack, respectively. The
progress of termite attack was showed a significant
difference tendency on each species. In Todomatsu, the
termite attack was severely at sapwood side than
heartwood side (Figure 10: upper). On the other hand, in
Norway spruce, the termite attack was severely at
sapwood side, as same as Todomatsu specimens. But
some specimens were damaged severely at both of the
heartwood and sapwood side, or at the heartwood side
(Figure 10: bottom).
600

Before
After
Before (average)
After (average)

Density(kg/m3)

500
400
300
200
100
0

Before After
Todomatsu

3.2 FAILURE MODE AND LOADDISPLACEMENT CURVES
Figure 11, 12 show the example load-displacement
curves of Todomatsu and Norway spruce, respectively.
The failure modes of specimens were shown four failure
modes as following; the fracture of wood screw head,
embedded failure of wood, splitting failure of wood, and
shear failure of wood. In this case, the shear failure of
wood means that the specimen separated around annual
ring between damaged part and sound part. Surely, the
strength of control specimens show higher than the
damaged ones. The fracture of wood screw head
occurred from 15 mm to 20 mm displacement, and the
yield and maximum strength are higher than the other
failure mode ones. After reaching maximum strength of
specimen, the load reduced slower than the other failure
modes. About the splitting failure of wood, the load of
Norway spruce specimens reduced more rapidly than
Todomatsu ones. Shear failure of wood was seen only
Todomatsu specimens which has severely damage at the
sapwood side, and the maximum strength was lower than
the others. At damaged specimens, in comparison with
the control, proportion of the fracture of wood screw
head decreased, the others increased. In addition, Figure
13 shows each failure modes.
5

Before After
Norway spruce

4
3

Figure 8: Density of before and after termite attack
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Figure 9: Cross section close the joint part (left: Todomatsu,
right: Norway spruce)

Fracture of
wood screw head

-5

0

5

10

Embedded failure
of wood

15

20

25

Displacement (mm)

Figure 11: Example load-displacement curves (Todomatsu)
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Figure 10: Cross section close the joint part (upper:
Todomatsu, bottom: Norway spruce)
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Figure 12: Example load-displacement curves (Norway
spruce)
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Figure 14: Relationship between the yield strength and the
density

Figure 14 shows relationship between the yield strength
and the density. The yield strength is calculated by
evaluation of perfect elastic-plasticity model [1]. The
yield strength was decreasing accordance with the
decrease the density at both Todomatsu and Norway
spruce. As mentioned above, termite attack damaged
almost sapwood side in Todomatsu, reached heartwood
in Norway spruce. Although the damage trend of
termites were different, the relationship between the
yield strength and the density of both species were
shown quite similar trend.
Figure 15 shows relationship between the yield strength
and the penetration depth. In this study, it was plotted at
45 mm that the penetration depth was longer than 40 mm.
And the value wasn’t used for the calculation of the
correlation coefficient. The yield strength was
decreasing accordance with the increase the penetration
depth at both species. There was a good correlation
between the yield strength and the penetration depth, as
same as related between the yield strength and the
density.
Figure 16, 17 show relationship between the yield
strength and the ultrasonic propagation velocity. The
yield strength was decreasing accordance with the
decrease the velocity of R-direction and T-direction at
both species. However, correlation values were different
from each specie and direction. In Todomatsu, the
correlation value of R-direction indicated best value
against the other direction and specie. In Norway spruce,
the correlation value of T-direction was better than the
R-direction. This phenomenon was reasoned by different
progression of termite attack. In case of Todomatsu, the
termite attack concentrated at the sapwood side. For that
reason, the measuring of T-direction measured the sound
part near the heartwood. Therefore, it is necessary to
examine continuously such as the measurement position
and direction in the ultrasonic propagation velocity.

Todomatsu (control)
Norway spruce (control)
Todomatsu (termite attack)
Norway spruce (termite attack)
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Figure 15: relationship between the yield strength and the
penetration depth
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Figure 16: Relationship between yield strength and ultrasonic
propagation velocity of R direction
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Figure 13: Failure modes (upper left: fracture of wood screw
head, upper right: embedded failure of wood, bottom left:
splitting failure of wood, and bottom right: shear failure of
wood)
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Figure 17: Relationship between yield strength and ultrasonic
propagation velocity of T direction
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4.1 ESTIMATION METHOD
We examined estimation method using relationship
between compressive strength and penetration depth in
the estimation of existing shear strength of the test
specimens after termite attack. Method A: In estimation
method using relationship between bearing strength and
penetration depth. Because it was indicated the bearing
strength decreased when the penetration depth increased.
Method B: In estimation method to separating damaged
and sound part. Because Todomatsu was severely
attacked sapwood side, on the other hand, heartwood
side was slightly attacked. Therefore it was separated
with damaged and sound part for making the estimation
model.

Method A; it was used to relationships between the
bearing strength and penetration depth. In this case, it
was calculated using mode 3 in the European Yield
Theory (EYT) [1], because the failure mode showed the
flexural yield by the wood screws in the wood (Figure
18). The relationship between the compressive strength
and the penetration depth was shown in Figure 19. The
bearing strength of both wood species after termite
attack were calculated using the ratio between
compressive strength and bearing strength that proposed
by Sawada et al [2]. The test sample cut at the position
of Figure 20 after the single shear test, then these
samples were carried out the compression test. In
addition, the values of the penetration depth measured
before cut out of specimens.

Todomatsu (control)
Norway spruce (control)
Todomatsu (termite attack)
Norway spruce (termite attack)

50
40
30
Todomatsu

20

y = 73.6x-0.33

10
0

Norway spruce

y = 347.6x-0.89
0

10

20
30
Penetration depth (mm)

40

50

Figure 19: Relationship between compressive strength and
penetration depth
Penetraion depth
(before cutting)

0
1

4.2 ESTIMATION METHOD USING
RELATIONSHIP BETWEEN BEARING
STRENGTH AND PENETRATION DEPTH

60

Compressive strength (N/mm2)

4 ESTIMATION OF EXISTING
STRENGTH

Measurement position
of density

Compressive test
position (Unit: mm)

50

Figure 20: Cutting specimen for compressive test and
measurement of penetration depth

Py = C × f 0 × d × l

(1)

where Py= yield strength (N) and f0= wood bearing
strength (N/mm2).
2

C = 2+

2
⎛d ⎞
× r × ⎜ ⎟ 1
3
⎝l⎠

(2)

where r= ratio of standard wood bearing strength and
standard strength of screw materials (F/f0), d= diameter
of screw (mm) and l= effective length of wood screw
(mm).

d = d 1 × 0.75

(3)

where d1 = dimension of wood screw (mm),.

f 0 = k × fc

(4)

where k= ratio [2] (0.898) and fc= compressive strength
(N/mm2).

⎧⎪73.6 × dp 0.33 (Todomatsu )
fc = ⎨
⎪⎩347.6 × dp 0.89 ( Norway spruce)

(5)

where dp= penetration depth (mm).
Figure 18: Failure mode of wood screw

In this paper, the boundary value (db) was decided the
mean value of the penetration depth of sound specimens
(Table 2). Therefore, if the penetration depth was lower
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than db, it was used the same value at db as the constant
value. Because it was discriminated the specimen was
sound.

Formula (10a) and Formula (10b) were arranged from
Formula (7) and Formula (8).

Table 2: List of boundary value and compressive strength
Species
Todomatsu
Norway spruce

Boundary value (mm) compressive strength (N/mm2)
(penetration depth)
(average value of control)
16.5
29.71
14
37.31

4.3 ESTIMTATION METHOD SEPARATING
DAMAGED PART AND SOUND PART
Method B; it was considered separating damaged part
and sound part. In this study, the separation of the sound
part or damaged part was used the boundary value (db) of
the penetration depth shown in Table 2 as well as
Method A. If the penetration depth (dp) is longer than db,
the difference of length shows the damaged depth. The
bearing strength was calculated at the same way of
Method A.
Figure 21 shows the relationship between the damaged
part and sound part. Next, the yield strength of wood
screwed joint in the two layers (damaged and/or sound
part) wood was calculated by the equation (6) which it
was improved EYT [3] for three-layered CLT proposed
by Uibel et al. And, it was used mode 3 of improved
EYT same reason as Method A.

⎧0 = Py + f 1 × (t1  x) × d  f 1 × x × d  f 2 × t 2 × d
⎪
t22
⎨
⎛ t1 x
⎞
⎪0 = My + f 1 × (t1  x) × d × ⎜ 2 + 2 + t 2 ⎟  f 2 × 2 × d
⎝
⎠
⎩

(6)

where f1= bearing strength of sound part (N/mm2), f2=
bearing strength of damaged part (N/mm2), t1= effective
thickness of sound part (mm), t2= thickness of damaged
part (mm), x= distance from the center of rotation of the
wood screws to the damaged part (mm) and My= bending
yield moment(N･mm).

My = F ×

d3
6

(7)

In this case, the damaged part (f2) lost the bearing
strength, therefore the strength value was decided 0
N/mm2. Because the most of the case, the damaged part
of the specimens has been lost the top of the part. In
Formula (6), the effective thickness of sound part (t1) is
the difference between the effective dimension of wood
screw (l) and the thickness of damaged part (t2). Formula
(8) was arranged from Formula (6).

⎧0 = Py + f 1 × (l  t 2  x) × d  f 1 × x × d
⎪
⎨
⎞
⎛ l  t2 x
⎪0 = My + f 1 × (l  t 2  x) × d × ⎜ 2 + 2 + t 2 ⎟
⎠
⎝
⎩

(8)

Py = C × f 1 × d × l
2
⎧
2
d
⎪ 2 + × r × ⎛⎜ ⎞⎟ 1, dp  db
3
⎪
⎝l⎠
C=⎨
2
⎪ 1 1 ⎛ t 2 ⎞2 1
⎛ d ⎞ t2
+
×
+
×
×
 1, db  dp
r
2
⎜
⎟
⎜
⎟
⎪
l
⎝l⎠
⎩ 2 2 ⎝l⎠ 6

Pilodyn

(9)
(10a)
(10b)

axis of wood
screw rotation

Damaged part

Sound part

Figure 21: Failure mode of wood screw and measurement of
damaged part thickness

4.4 COMPARISON WITH EXPERIMENTAL
RESULTS AND ESTIMATED VALUES
Figure 22 shows comparison between the experimental
results and the estimated values of Todomatsu calculated
by Formula (1) or Formula (9). In Method A in
Todomatsu, it was not suitable estimated the
experimental tendency of the deep penetration depth. On
the other hand, in Method B, it was shown a good
correlation to irrespective of the penetration depth deep
or shallow.
Similarly, Figure 23 shows comparison between the
experimental results and the estimated values of Norway
spruce. In Method A in Norway spruce, it was shown a
good correlation the estimation value and experimental
ones. However, the estimation values showed a little risk,
because of the tendency of the estimated value is higher
than the experimental value. In Method B, It was a good
explained the tendency of experimental value. But, the
estimation value showed the lower than experimental
values a part of deeper penetration area.
As the result of comparison between the experimental
results and the estimated values, it was shown a different
correlation tendency by the wood species. This was
considered due to the progression of the termite attack.
However, in Method B the estimation values showed
low risk value at both each species.
Additionally, in Method B, it was verified whether it was
possible to the estimation of the safety side using the
boundary value obtained from the standard bearing
strength of Standard for Structural Design of Timber
Structures in Japan [1]. Because, if it shows a good
correlating estimation, it is possible to estimate without
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Figure 22: Comparison of experimental results to estimated
values (Todomatsu)
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Figure 23: Comparison of experimental results to estimated
values (Norway spruce)
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having the experiment. In this case, the standard bearing
strength of Todomatsu and Norway spruce were used
19.4 N/mm2 and 22.4 N/mm2, respectively.
As a result, the estimated values were corresponded a
good correlation to lower limit in each wood species
shown in Figure 22, 23 (Method B design strength),
respectively.
Finally, the value (16.5 mm) of the lowest density timber
species group as the db and as same as the bearing
strength (19.4 N/mm2) of the lowest density timber
species group was verified about estimating the strength
in Method B when the species is not known.
Figure 24 shows the result of estimation values using the
standard values. As the estimated results, it was a good
correlation between the both species experimental values
and the estimated curve. Therefore, we suggested
Method B for estimating the safety values using several
species. However, it is necessary to confirm the
estimated result of other wood species, because the
comparison with the estimation strength were carried out
only two wood species.

2.5
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1.5
1.0
0.5
0.0

0
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30
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50
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Figure 24: Comparison of experimental results to proposed
values

5 CONCLUSIONS
In this study, it was carried out the single shear test of
screwed joint after termite attack and investigated the
relationship between the existing single shear strength
and the values of the diagnostic equipment.
As a result, the failure modes of specimens were shown
four failure modes as following; the fracture of wood
screw head, embedded failure of wood, splitting failure
of wood, and shear failure of wood. The yield strength
was decreasing accordance with the increase in the
penetration depth or decrease in the ultrasonic
propagation velocity. It was found that there was a good
correlation between the residual strength and the
penetration depth.
The residual strength was estimated using the EYT
(Method A) and the improved EYT for CLT by Uible
(Method B). The damaged part was separated by
subtracting the penetration depth measured from the
sound penetration (Method B). The damaged part was
assumed to be the strength was lose, and the small
damaged part was assumed to have the same strength as
the sound part. As a result of estimating, the estimated
values indicate a good correlation with the experimental
values. In addition, it was estimated by the material
strength exchanged to the standard in Japan
(Architectural Institute of Japan) from the experimental
value in the same way for using generally. As a result, it
was shown a good correlation between the experimental
strength and the estimated value.
However, it is necessary to confirm the estimated result
of other wood species, because the comparison with the
estimation strength were carried out only two wood
species.
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SHEAR RESISTANCE OF NAILED JOINTS OF RED PINE EDGE GLUED
PANELS: SINGLE SHEARING TESTS FOCUSED ON CORNER NAILS
Noboru Sekino1, Yosuke Tamaki2, Kazuyuki Hinata3 and Yu Tajima3
ABSTRACT: When using a single-layer edge glued panel as floor sheathing, panel-end splits due to nailing, especially
at a panel corner are of great concern since they may affect the shear resistance of floor diaphragms. Therefore, this study
investigated the shear resistance of nailed joints at panel corners as a function of nail end/edge distance (ED) ranging
from 15 to 29 mm by conducting single shearing tests for red pine (Akamatsu) panels, which formed an element of edge
glued panels. Shear resistance was tested in two loading directions: parallel to the panel grain (θ = 0º) and with an
inclination of 30º with respect to the panel grain (θ = 30º). The test results conclude that an ED of approximately 30 mm
was required in order to provide Akamatsu panels with shear resistance almost equal to plywood panels. The reason for
this lies in the inferior shear resistance of Akamatsu panels to plywood panels, especially in energy capacity and visible
during testing at θ = 30º. Also, the results revealed that conventional loading in the direction of θ = 0º to solid wood
specimens as a side member is a questionable approach, because testing at θ = 0º may overestimate the shear resistance
observed for actual loading directions in horizontal diaphragms.
KEYWORDS: Shear resistance, Nailed joints, Panel corner nailing, Edge-glued panels, Plywood panels

1 INTRODUCTION 123
Recently, horizontal diaphragms sheathed with thick
plywood have commonly appeared in Japanese
conventional wooden houses. The main reason for this is
builders’ recognition of the importance of a horizontal
diaphragm’s shear resistance, which provides shear walls
with proper support against lateral force. Better
productivity of floor systems that can be achieved without
joists would be another reason for this. Three-ply crosslaminated panels with a thickness of around 30 mm made
of domestic softwood have gradually appeared on the
market in Japan for use as floor sheathing materials as
well as thick plywood. Also, single-layer edge glued
panels are expected to hold promise as such floor
sheathing materials, since they can be more costeffectively manufactured compared to three-ply crosslaminated panels since they don’t use a large-area press.
When using an edge glued panel as floor sheathing, panelend splits that may occur due to nailing are of great
concern, since they may affect the shear resistance of the
floor diaphragm. Especially, panel corner nailing tends to
split the panel unless the nail end/edge margin is sufficient.
Therefore, this study focused on nail end/edge distance
(ED) in the context of corner nailing, and investigated
how ED affects the shear resistance of a nailed joint by
conducting single shearing tests.
With regard to the loading direction in single shearing
tests, most reports have focused on nail joints parallel to
the grain of main members [1-4], and some studies have
investigated perpendicularly nailed joints [3, 5]. As
1
Noboru Sekino, Faculty of Agriculture, Iwate University,
Morioka 020-8550, Japan, sekino@iwate-u.ac.jp
2
Yosuke Tamaki, Undergraduate student, Iwate University,
Japan

shown in Fig.1, however, a nail driven at a panel corner
on floor diaphragms moves not parallel or perpendicular
to the grain of main members, but moves nearly diagonal
with respect to the sheathing panels. When using an edge
glued panel as floor sheathing, a loading direction that
inclines from the panel grain may affect its nail shear
resistance since distortion of nails might cause panel
cleavage effects. Taking such a concern into consideration,
this study also investigated the effects of loading direction
on the shear resistance of nailed joints.

Figure 1: Trace of nail movement observed on the surface of
frame members after a racking test for horizontal diaphragms
sheathed with plywood

3

Kazuyuki Hinata and Yu Tajima, Maruhiseizai Co. Ltd., Kuji,
Iwate, Japan
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2. MATERIALS AND METHODS
2.1 SPECIMENS
Fig. 2 is a view of a test specimen used in single shearing
tests. The main member of nailed joints was a section of
Douglas-fir (Pseudotsuga menziesii (Mirb.) Franco)
lumber with dimensions of 105 mm by 105 mm by 200
(longitudinal) mm and with a specific gravity of 0.460.54. Side members with dimensions of 28 mm
(thickness) by 130 mm (width) by 260 mm (length) were
prepared from flat-grained Japanese red pine (Akamatsu;
Pinus densiflora Sieb. Et. Zucc) lumber, which formed an
element of an edge glued panel, and from nine-ply
plywood for construction use, which were used as a
control. Specific gravities of the Akamatsu panel and the
plywood were 0.48-0.52 and 0.44-0.46, respectively.
Plywood contained a mixture of the wood species Larch
(Larix leptolepis Gord) and Sugi (Cryptomeria japonica
D. Don). The grain directions of the side member and
main member were set to be normal to each other. The
moisture contents of these materials were in the range of
10 to 13 %.
When thick plywood or other panels are nailed to floor
beams or other horizontal members, the ED of both the
main and side members is normally a quarter of the main
member’s width; for example, it comes to around 26 mm
when a piece of 105 mm wide lumber is used. However,
the ED sometimes fluctuates depending on worker’s
nailing skill with a pneumatic nailer or on the performance
of the nailer itself. When the ED becomes short at a panel
corner, it brings a risk of splits due to nailing, which may
affect the shear resistance of nailed joints. To investigate
such a risk, five ED values—15, 18.5, 22, 25.5 and 29
mm—were employed in this study.
The side member was nailed to the main member at a
panel corner by using a pneumatic nailer so that one of the
panel ends came to the centreline of the main member (see
Fig. 2). The nail used was a N75 nail with a length of 75
mm and a diameter of 3.4 mm [6]. The nail edge distance
of the main member decreased from 37.5 to 23.5 mm
proportionally to the increase of ED, whereas its end
distance was constant at 100 mm. Six test specimens were
prepared for each ED so that the average densities of the
side and main members became almost equal among the
5 ED values.

Figure 3: Views of single shearing tests
(left; θ=0º, right; θ=30º)

2.2 TEST METHODS
Fig. 3 shows views of single shearing tests. The tests were
conducted by the use of a universal testing machine
equipped with a slant device that holds the main member
of a nailed joint. Two loading directions, parallel to the
panel grain (θ = 0°) and with an inclination of 30º with
respect to the panel grain (θ = 30°), were applied. Test
specimens were set so that the loading axis came to the
shear plane of a nail.
Cyclic loading in the tensile direction was applied during
testing. The loading program was controlled by the slip
between the main and side members measured by the use
of a laser displacement gauge. The slips applied were 0.5,
1, 2, 4, 8, 16, and 32 mm, and every slip was repeated one
time (see Figs. 4 and 5). Loading and unloading rates were
set at 4 mm per minute and 10 mm per minute,
respectively. The tests were terminated when the load
decreased to 80 % of the maximum load. Six replicates
were conducted for each ED condition.
Table 1: Panel-end splits caused by nailing
(numbers of test specimens in which a panel-end split was
observed out of six replicates)

ED
(mm)
15
18.5
22
25.5
29

Figure 2: View of single shearing test specimen

θ
(degree)
0
30
0
30
0
30
0
30
0
30

Side member
Akamatsu
Plywood
5/6
0/6
5/6
0/6
6/6
0/6
5/6
0/6
3/6
0/6
4/6
0/6
2/6
0/6
2/6
0/6
0/6
0/6
0/6
0/6
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Figure 4: Typical load-slip curves obtained for Akamatsu panel specimens
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Figure 5: Typical load-slip curves obtained for plywood panel specimens
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3. RESULTS AND DISCUSSION
3.1 PANEL-END SPLITS CAUSED BY NAILING
Table 1 shows the number of test specimens in which a
panel-end split was observed when a nail was driven. The
Akamatsu panel specimen suffered a panel-end split with
a considerably high probability when ED was reduced to
22 mm or less, whereas the plywood specimens did not
show any panel-end splits for the entire range of ED
applied in this experiment.

(a)

3.2 LOAD-SLIP CURVE
Examples of load-slip curves obtained from the single
shearing tests are shown in Figs. 3 and 4, for Akamatsu
panels and plywood panels, respectively. The curves end
at the timepoint when the load decreased to 80 percent of
the maximum load, which was set as the terminating point
of loading. From these curves it seems that decreasing ED
below 25.5 mm (a standard ED) reduced the shear
resistance of nailed joints because of reduced energy
absorbance capacity, and that loading with an inclination
of 30º to the panel grain (θ = 30°) also reduced the shear
resistance of Akamatsu panel specimens, whereas the
plywood panel specimens seem not to be affected by the
loading directions.

(b)

(c)

(d)
Figure 7: Views of failure of nailed joints after the tests:
(a) Akamatsu panel with an end split, (b) Akamatsu panel with
nail withdrawal, (c) Plywood panel with corner damage
categorized as an end split, (d) Plywood panel with nail
withdrawal

3.3 FAILURE MODE

Figure 6 Relationships between nailing conditions and failure
mode.
The numbers shown above the bars for Akamatsu panels
indicate the number of specimen that suffered an initial split by
nailing (same as in Table 1)

Failure mode in the single shearing tests was either sidemember splitting or nail withdrawal from the main
member, and no nail-head pull-through or nail-head-tearoff was observed. Fig. 6 shows the number of specimens
represented as ratios of failure mode for each nailed joint
condition. Fig. 7 shows example views of split failure and
withdrawal failure for each panel observed at the
terminating point of loading (80 percent of the maximum
load).
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For Akamatsu panels, panel-end split was the dominant
failure mode when ED was 22 mm or less. Furthermore,
all the specimens with an ED of 25.5 mm broke with split
failure when tested at θ = 30º, even though the number of
specimens with an initial panel-end split by nailing was
only two out of six (see the numbers shown above the bars
in Fig. 6). This suggests that a loading direction inclined
from the panel grain induces a cleavage force
perpendicular to the panel grain resulting in a panel-end
split failure.
On the other hand, the failure mode of plywood panels
was nail withdrawal when tested at ED of 25.5 mm or
greater. The reason for this lies in plywood’s cleavage
resistance being stronger than that of solid wood due to its
cross-laminated construction. When it comes to EDs less
than 25.5 mm, however, split failure (damage at panel
corner) tended to occur at θ = 30º more often than at θ =
0º.
3.3 SHEAR RESISTANCE
Many parameters that characterize shearing behaviour
have been suggested to date in order to estimate shear
resistance of nailed joints. Currently in Japan, the most
frequently used parameters are initial stiffness, yield load
(Py), maximum load (Pmax), ultimate load (Pu) and so on,
which are obtained based on a complete elastic-plastic
model. These parameters are also used as criteria for shear
factors of shear walls and horizontal diaphragms.
In this study, three kinds of parameters, Py, Pmax and
energy capacity (Ec) were used to investigate the effects
of ED and loading direction on shear resistance of nailed
joints. These parameters were obtained by the following
steps.
Step 1: Envelope load-slip curves were extracted from the
data of the cyclic loading tests.
Step 2: The parameters of Py, Pmax and Pu were extracted
by the use of the software PickPoint [7]. Py represents
shear resistance of a nailed joint at an early stage of slip
and its properties are similar to initial stiffness. The
definition and calculation methods for these parameters
are shown in detail in References 5 and 8.
Step 3: Energy capacity, Ec, which was defined by the
energy that a nailed joint absorbs until the terminating
point of loading (80 percent of Pmax), was obtained by
calculating the area of an elastic-plastic model (see: Fig.
8). The area is that surrounded by the envelope load-slip
curve.
The results of Step 2 are shown in Fig. 8 as an elasticplastic model for each nailed joint condition. The model
consists of initial linear part (elastic part) which passes
through the yield point whose load is Py, and the next,
plastic part whose value is constant at Pu and lasts to the
slip at 80 percent of Pmax. Each model shown in Fig. 8 is
an average of six specimens. By glancing at Figs. 8a, 8b,
8c and 8d, it is noticeable that the energy absorbed in a
nailed joint (energy capacity, Ec) was strongly affected by
ED, especially in Akamatsu panels.
Next, the parameters of Py, Pmax and Ec were respectively
compared among ED conditions and between the two
loading directions. The results are shown in Figs. 9 and 10
for Akamatsu and plywood panels, respectively.

Figure 8: Elastic-plastic models adopted to envelope load-slip
curves for each nailed joint condition
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θ = 0º to 30º, as can be seen by comparing Figs. 8a and b.
As discussed in fracture mode, a loading direction that
inclines from the panel grain induces a cleavage force
perpendicular to the panel grain, resulting in a panel split
failure, which is thought to lead the smaller plastic
behaviour observed. From these results it can be
concluded that an ED larger than a standard value of 26
mm, approximately 30 mm for example, would be
preferable to provide a corner nailed joint with an
adequate shear resistance, from both a load bearing and an
energy capacity point of view.
The other conclusion that can be drawn from Fig. 9 is that
application of a conventional loading direction of θ = 0º
to solid wood specimens as a side member is questionable,
because testing at θ = 0º may overestimate the shear
resistance observed for actual loading direction in
horizontal diaphragms.

Figure 9: Effects of ED and θ on the shear performances of
nailed joints with an Akamatsu panel as a side member: Error
bars show standard deviation (n=6); *, ** show statistically
significant differences of P<0.05, P<0.01, respectively.

As mentioned before, a standard ED is about 26 mm when
main members with a width of 105 mm are used. Taking
this into consideration, the results shown in Figs. 9 and 10
are to be discussed from two points of view: the negative
effects of reducing ED from 25.5 mm on the performance
of nailed joint, and the positive effects of increasing ED
from 25.5 mm on it.
Regarding Akamatsu panel specimens, Fig. 9a and 9b
indicate that Py and Pmax decreased when ED was reduced
from 25.5 mm for both loading directions of θ = 0º and
30º, whereas they did not show any significant increase
when ED was increased from 25.5 to 29 mm. This implies
that an ED of 25.5 mm is sufficiently robust from a load
bearing point of view. When Py and Pmax are compared
between θ = 0º and 30º, these values tested at θ = 30º were
statistically significantly smaller than those at θ = 0º under
some ED conditions. This trend is further expanded when
energy capacity was compared between θ = 0º and 30º as
shown in Fig. 9c. When tested at θ = 30º, the value of Ec
became one half to one third of that tested at θ = 30º
except for an ED of 29 mm. This is explainable from the
fact that the plastic part was reduced by the change from

Figure 10: Effects of ED and θ on the shear performances of
nailed joints with a plywood panel as a side member: Error bars
show standard deviation (n=6)

On the other hand, effects of ED and loading direction on
the shear resistance parameters of nailed joints with a
plywood panel were smaller than those with an Akamatsu
panel, as can be seen by comparing Figs. 9 and 10.
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Nailed joints with a plywood panel showed values of Py
greater than 1.0 kN and values of Pmax greater than 2.0 kN
irrespective of ED, as shown in Fig. 10a and b. These
stable shear resistances even with reduced ED may arise
from the cross-laminated construction of plywood
resulting in less split failure compared to Akamatsu panels
(see Fig. 6). Energy capacity, however, was affected by
ED to some extent, as can be seen in Fig. 10c. When tested
at an ED of 15 mm, the value of Ec became 30 to 40
percent less than those when tested at EDs of more than
18.5 mm. This is attributable to a reduced plastic part and
a reduced ultimate load, as can be seen in Fig. 8c and 8d.
Table 2: Comparison of shear resistance parameters
Values are the ratio of Akamatsu to plywood

ED (mm)
15
18.5
22
25.5
29

θ (º)
0
30
0
30
0
30
0
30
0
30

Py
0.78
0.70
0.80
0.61
1.04
0.79
0.94
0.88
1.02
1.05

Pmax
0.69
0.68
0.83
0.63
0.91
0.76
0.89
0.89
0.97
0.97

Ec
0.39
0.18
0.40
0.10
0.88
0.43
0.85
0.37
0.97
0.93

Table 2 shows the ratios of shear resistance parameters
obtained for Akamatsu panels to those for plywood panels.
The ratios at an ED of 25.5 mm (almost equal to a standard
ED) ranged from 0.85 to 0.94 when tested at θ = 0º. This
result indicates that a nailed joint with an Akamatsu panel
has slightly inferior performance to a plywood panel if a
conventional loading direction is applied as the testing
condition. Furthermore, when tested at θ = 30º, which is
thought to be similar to the actual loading direction in a
horizontal diaphragm, the ratio of Ec decreased to 0.37.
This finding indicates that one cannot expect an ED of
25.5 mm to confer an Akamatsu panel the same shear
resistance as a plywood panel would have. An ED larger
than a standard value of 26 mm, approximately 30 mm for
example, would be preferable. In fact, Table 2 indicates
that an ED of 29 mm provides Akamatsu panels with
shear resistance almost equal to that of plywood panels.
Also, Table 2 indicates that EDs smaller than 25.5 mm
expand the shear resistance inferiority of Akamatsu to
plywood, especially in terms of Ec at θ = 30º.

4.

CONCLUSIONS

This study investigated the shear resistance of nailed
joints at panel corners as a function of nail ED ranging
from 15 to 29 mm for Akamatsu panels which formed an

element of edge glued panels,. The shear resistance was
tested at two loading directions: parallel to the panel grain
(θ = 0º) and with an inclination of 30º with respect to the
panel grain (θ = 30º). The shear resistance was then
compared to that observed for plywood panels.
The test results conclude that an ED of approximately 30
mm, which is larger than the standard ED for beams with
a width of 105 mm, was required in order to provide
Akamatsu panels with shear resistance almost equal to
that of plywood panels. The reason for this lies in the
shear resistance inferiority of Akamatsu panels to
plywood panels, especially in terms of energy capacity
when tested at θ = 30º.
The other conclusion that can be drawn from the test
results is that application of the conventional loading
direction of θ = 0º to solid wood specimens as a side
member is questionable, because testing at θ = 0º may
overestimate the shear resistance observed for actual
loading directions in horizontal diaphragms.
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DEVELOPMENT OF ASSEMBLING LARGE CROSS-SECTION TIMBER
JOINT SYSTEM BY HIGH DUCTILITY WOOD FRAME STRUCTURE
Shinya Matsumoto1, Hajime Okamoto2, Mitsuhiro Takemoto3, Masanori Sato4
ABSTRACT: We propose the high productivity timber joint system based on combining the medium-sized wood
lumber as assembly large cross-section member. In general, the wood frame structures are required high ductility
performance. In this study, the surfaces of the member joints are covered with fiber reinforced plastics (FRP) to
improve the mechanical properties to achieve high ductility wood joints. It will be construction of outstanding
architectural space to earthquake resistance by these wood frame structure. The purpose of this study is to investigate
the seismic performance of joint and to propose the assembling large cross-section timber joint system by high ductility
wood frame structure.
KEYWORDS: Wood frame structure, FRP, Ductility reinforcement, LVL, Splitting failure

1 INTRODUCTION 1 23

In recent years, it is progressing development of
engineered wood, such as structural laminated wood,
laminated veneer lumber, tec. The high-quality lumber
is being supplied to the market as an industrial product.
The wood is widely used as building construction
materials based on artificially controlled technique.
Today, we can use the large cross-section timber by
adhesive manufacturing technology of wood materials.
However, it is necessary to pay attention to the strength
characteristics when using these engineered woods as an
elongated member (one dimensional element), such as
columns or beams because wood is the anisotropic
material.
We propose the high productivity timber jointing system
based on combining the medium-sized wood lumber as
assembly large cross-section member. In general, the
wood frame structures are required high ductility
performance. In this study, the surfaces of the member
joints are covered with fiber reinforced plastics (FRP) to
improve the mechanical properties to achieve high
ductility wood joints.
It will be construction of
outstanding architectural space to earthquake resistance
by these wood frame structure. The purpose of this
study is to investigate the seismic performance of joint
and to propose the assembling large cross-section timber
joint system by high ductility wood frame structure.

medium-sized cross section (LVL105-450 : 120E320F/55V-47H), to sandwich between gusset plate in
LVL and fixed by drift pins. Then, ultravioletrayedhardening FRP prepreg sheets [1-3] are pasted to stress
influence part of the drift pins in the wood to prevent the
splitting failure of wood. The each members of the
wood frame structure are connected by high strength bolt
via dedicated joint parts (channel steel) on the gusset
plate. This jointing unit is one-direction moment
resisting joint for frame structure. Therefore threedimensional frame structural system is considered by
applying this joint as multilayer wood frame structure
(See. Fig. 2).

Figure 1: Joint system

2 OVERVIEW OF RESEARCH

In this study, we propose a timber joint system as shown
in Fig. 1. The member are combined with Laminated
Veneer Lumber (LVL) by radiata pine, such as general
1

Shinya Matsumoto, Kindai University, Faculty of
Engineering, matsumoto@hiro.kindai.ac.jp
2
Hajime Okamoto, WOODONE Co., LTD., Japan
3
Mitsuhiro Takemoto, WOODONE Co., LTD., Japan
4
Masanori Sato, WOODONE Co., LTD., Japan

X direction frame model

Y direction frame model

Figure 2: Frame structural system
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3 MATERIAL TENSILE TEST OF FRP

In this study, the Glass Fiber Reinforced Plastics (GFRP)
composed UV-hardening resin is used. The Type of
reinforcing fiber is Glass Uni- Direction (GUD) type. In
order to investigate the fundamental properties of the
material, the material tensile tests were carried out as
shown in Fig. 3. The test was carried out in accordance
with the Japanese Industrial Standards. Specimen
number was five bodies. The load - displacement
relationships for material tensile test of FRP are shown
in Fig.4 and Table 1 shows the material tensile test
results of FRP. The average of strength per width for FRP

is 720 N/mm (Average of 5 tests). The ultimate situations of
FRP in material tensile tests are shown in Phot 1.
b=25mm

4 BENDING TEST OF BEAM JOINT

In this study, the Drift pinned joints with insert-steel
gusset plate are proposed based on previous studies [2].
The bending experiments of joints are carried out for
7.3m span simple support beam specimens (See Fig. 5).
The experimental models are shown in Table 2. The
thickness of gusset plate in Model 1 is 9 mm and not to
perform shot blasting (See. Photo 2). The thickness of
gusset plate in Model 2, 3 are 15 mm and subjected to
the shot blasting on the friction surface (See. Photo 3).
The joint is fastened by torque shear type high-strength
bolts by using a special tool (shear wrench) through a
channel steel (See. Photo 4, 5). The drift pin is round
steel bar, diameter is 16mm, length is 210mm, and the
material is SS400. The tip of the drift pin was tapered to
pencil shape (See. Photo 6). The state of the joint shown
in Photo 7 (Model 2).
1000

t=2.4mm

D4

1000

P
D2

D3

D5

D6

Figure 3: Material tensile test of FRP

450

D1
D7

25
3000

Load (kN)

20

1300

15

Figure 5: Loading test

10

Table 2: Experimental models

Model

5
0

3000

7300

0

2

4
6
8
Displacement (mm)

10

12

Figure 4: Load - displacement relationships for material
tensile test of FRP

1
2
3

Thickness
of gusset
plate
9mm
15mm
15mm

Number
of Drift
pin
40
28
28

Shot
blasting

FRP

None
Blasting
Blasting

None
None
Pasting

Table 1: The material tensile test results of FRP
Displacement
Strength per
Maximum
at maximum
Specimen
width (N/mm)
load (kN)
load (mm)
1
16.1
9.03
644
2
17.5
9.52
699
3
4

16.7
18.2

8.30
9.58

668
727

5

21.6

10.12

863

Average

18.0

9.31

720
Photo 2: None shot blasting on gusset plate (Model 1)

Photo 1: The material tensile tests of FRP

Photo 3: Shot blasting on gusset plate (Model 2,3)
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The FRP is using in specification of model 3. Before
pasting the FRP, the base primer is pasted on the surface
of the wood. Standard compounding of base primer is
shown in Table 3. Components of the base primer are
shown in Photo 8. Photo 9 shows application of the base
primer. After the base primer was pasted, the prepreg
FRP sheet is pressing as shown in Photo 10. Then, to
irradiating with ultraviolet rays, the resin in FRP is
hardened.
Table 3: Standard compounding of Base primer
Photo 4: Torque shear type high-strength bolt and Shear
wrench

Name of
product

Component
(Product model)

State

Resin (Main
component)
Hardening
accelerator
(Improvement
of heat
resistance)
Primer
additive
(Decrease in
viscosity)

Styrene
(NEOPOL 8250L)

Compound
ing (mass
ratio)

Liquid

100

Xylene , ethylbenzene
(PR-N:6% cobalt)

Liquid

0.7

Diethylene glycol
dimethacrylate
(Light Ester 2EG)

Liquid

5

Hydroperoxide
(PERCUMYL H-80)

Liquid

0.5~3
(5~35℃)

Curing agent

Photo 5: Channel steel (Left: none shot blasting, Right: Shot
blasting)

Photo 8: Components of the base primer

Photo 6: Drift pin: 16-L210 (Right: pencil shape tapered)

Photo 9: Application of the base primer

Photo 7: Joint state (Model 2)
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Fig. 6, Fig. 7 and Fig. 8, and Table 4. It was confirmed
two types fracture mechanism model, one is the gusset
plate yielding type and the other is the wood splitting
failure type.
250

Model2(Wood splitting failure type)
Model1(Gusset plate yielding type)

Load (kN)

200
150
100
50

Photo 10: Pressing of FRP (prepreg sheet)

0
0

5 RESULTS OF BENDING TEST

50

100

150

200

250

300

Displacement (mm)

Bending test was carried out as shown in the Photo 11.
Figure 6: Comparison of the load - displacement relationship
(Improvement of initial stiffness by shot blasting on the gusset
plate)
300

Model2(Wood splitting failure type)
Model1(Gusset plate yielding type)

Bending moment (kNm)

250
200
150
100
50
0

Photo 11: Test body installation situation (Model 1)

Bending strength fm is calculated from the following
equation (1).

fm =

aFu
2Z

Load (kN)

Bending Young's modulus is calculated by the following
equation (2) to measuring the total vertical deflection of
the span center.





a 3L  4a F2  F1 
Em =
48I w2  w1 
2

300

(2)

Here, I : Geometrical moment of inertia
F2  F1 : Load increment of the linear portion on the load
- deformation curve. F1 is 10 % of the
maximum load Fu and F2 is 40% of the Fu.
w2  w1 : Increment of deformation corresponding to
F2  F1 .
The loading experiments were carried out for three type
models (See. Table 1). The thicknesses of inserted
gusset plates of specimens are 9mm or 15mm in those
models. The results of these experiments are shown in

0.02

0.03
0.04
0.05
0.06
Relative rotation angle (rad)

0.07

Model3(with FRP)

250

Z : Section modulus

2

0.01

Figure 7: Comparison of the bending moment - relative
rotation angle relationship (None FRP model)

(1)

Here, a : distance from the fulcrum to the load point
Fu : Maximum load

0

Model2(none FRP)

200
150
100
50
0

0

50

100
150
200
Displacement (mm)

250

300

Figure 8: Comparison of the Load - central deflection
relationship (Ductility reinforcing effect for FRP)
Table 4: Comparison of Model 1 and Model 2
Model 1
Bending strength
24.6
fm (N/mm2)
Bending Young's modulus
6.66
Em (kN/mm2)

Model 2
35.2
11.7

Comparing model 1 (thicknesses of gusset plate: 9mm)
and model 2 (thicknesses of gusset plate: 15mm), the
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strength of gusset plate is increased for changing the
plate thickness from 9mm to 15mm. As the results, the
collapse mode in model 2 had been determined by wood
splitting failure around drift pin (See. Photo 11). Also,
the initial slip deformation on the gusset plate is
suppressed by carrying out the shot blasting on the
gusset plate, and initial stiffness is improved on the
friction surface of the high strength bolt (See. Fig. 6).
As shown in Table 4, the bending Young's modulus
assumed continuous beam for model 1 is 6.66 kN/mm2,
Therefore, the
and model 2 is 11.7 kN/mm2.
improvement of initial stiffness by shot blasting on the
gusset plate is approximately 1.76 times. And it was
shown that FRP specimen holds high strength and high
ductility performance (See Fig. 7). Ductility reinforcing
effect of the FRP was confirmed by those experiments.
Table 5: Experimental results

Max.
Rotational
bending
Ultimate
Model
stiffness
stress
type*
(kNm/rad)
(N/mm2)
1
116.0
24.6
8866
A
2
199.5
35.2
31760
B
3
215.4
38.0
25240
A+B
* Type A: gusset plate yielding, B: wood splitting failure
Max.
load
(kN)

Model 2 (none FRP)

Model 3 (with FRP)

Photo 11: Fracture Behavior

6 ANALYTICAL STUDY

We consider the construction of a multi-layer rigid frame
structure by combination of this moment resistance joint
elements for one direction of bending as shown in Fig. 9.
Story weight and story shear force for study building are
shown in Table 6. Designed live loads are assumed for
1F: w1=3.0 kN/m2, and 2F: w2=2.0 kN/m2.

Figure 9: Frame joint system

Table 6: Story weight and story shear force
Story

Story weight
Wi (kN)

Story shear force
(Base shear coefficient C0=0.2)
Qi (kN)

2F

392

78.4

1F

588

117.6

Σ
980
196
* Designed live load: 1F: w1=3.0 kN/m2, 2F: w2=2.0 kN/m2

6.1 FORMULATION FOR HORIZONTAL
RESISTANCE MODEL
The rotational stiffness of the joint on column base and
beam end is important to resist the external force for the
wood frame structure. In this study, their effects are
modelled by rotational spring elements as shown in Fig.
10. At this time, the joint stiffness of the column base is
k1, the beam end is k2, and column top end is k3. Those
joint stiffness k1, k2, k3 are considered to evaluate the
influence of the mechanical characteristics of the
deformation properties for frame structure.

Figure 10: Horizontal displacement calculation model for
frame joint system

The length of the rotational spring element is assumed to
be zero for frame model in Fig. 10. The rotation angle of
the each node are defined as  A ,  A ' ,  B ,  B ' ,  B '' ,  C ,  D ,

 D ' ,  E , and the joint translation angle of the columns on
each stories are defined as R1 , R2 . The bending stiffness
of the column is defined as EI1, The bending stiffness of
the beam is defined as EI2, and the joint stiffness of the
column base and beam end are k1 ，k2，k3. Than the
fundamental equation of the slope-deflection method, the
bending moment of each member end are expressed by
the following equation.
k
M AA ' = 1  A   A ' 
(3)
2
k
M A ' A = 1  A '   A 
(4)
2
2 EI1 2
M A' B =
(5)
 2 A ' +  B  3R1 
h
2 EI1 2
M BA ' =
(6)
 2 B +  A '  3R1 
h
M BB ' = k2  B   B ' 
(7)

M B ' B = k2  B '   B 

(8)
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2 EI 2
 2 B ' + C 
l
2 EI 2
M CB ' =
 2C +  B ' 
l
k
M BB '' = 3  B   B '' 
2
k3
M B '' B =  B ''   B 
2
2 EI1 2
M B '' D =
 2 B '' +  D  3R2 
h
2 EI1 2
M DB '' =
 2 D +  B ''  3R2 
h
M DD ' = k2  D   D ' 
M B 'C =

M D ' D = k2  D '   D 

2 EI 2
 2 D ' +  E 
l
2 EI 2
=
 2 E +  D ' 
l

M D'E =
M ED '

(9)

Horizontal displacement for 1st story: 1

1 = R1h

(10)

=
(11)
(12)

Here,

(14)
(15)
(16)

2



+9 EI1 EI 2 h 2 k2  k1k2 k3l  2 P1 + 3P2  + EI 2 8k2 k3  P1 + P2  + k1  2k2  P1 + P2  + 3k3  2 P1 + 3P2  









2
α 0 = 36  EI 2  h 2 k1k2 2 k3 + 18EI1 EI 2 hk2  EI 2  2k1k2 + 3k1k3 + 2k2 k3  + k1k2 k3l 
2
2
+  EI1   9  EI 2   4k2  k2 + k3  + k1  2k2 + k3   + 6 EI 2 k2  2k2 k3 + k1  k2 + k3   l + k1k2 2 k3l 2 
+  EI1  h k1k2 2 k3l 2  2 P1 + 5P2  + 6 EI 2 k2 l k2 k3 10 P1 + 13P2  + k1  2k2  P1 + P2  + k3  2 P1 + 5P2  



+9  EI 2  k1  4k2  P1 + P2  + k3  2 P1 + 5 P2   + 2k2  4k2  P1 + P2  + k3 10 P1 + 13P2  
2

Horizontal displacement for 2nd story: 2

 2 = 1 + R2 h

(17)

=

(18)

Also, considering the equilibrium of the bending
moments at each node, the node equation (equilibrium
condition of the moment) is as follows.

(29)

α1 = 18  EI 2  h3 k1k2 2 k3  P1 + P2  + 6 EI13  3EI 2 + k2 l   k2 k3l  P1 + 2 P2  + 3EI 2  2k2  P1 + P2  + k3  P1 + 2 P2   
2

(13)

α1 h 2
α 0 6 EI1

α 2 h2
α 0 6 EI1

(30)

Here,

α 2 = 18  EI 2  h3 k1k2 2 k3  P1 + 2 P2 
2



+6  EI1   3EI 2 + k2 l  3EI 2  2k3 P1 + k1 P2 + 4k3 P2 + 2k2  P1 + 2 P2   + k2 l  k1 P2 + 2k3  P1 + 2 P2  
3





+  EI1  h k1k2 2 k3l 2  5 P1 + 16 P2  + 6 EI 2 k2 l  k2 k3 13P1 + 20 P2  + k1  2k2 P1 + 5k3 P1 + 10k2 P2 + 16k3 P2  
2

+9  EI 2   k1  4k2 P1 + 5k3 P1 + 20k2 P2 + 16k3 P2  + 2k2  4k2 P1 + 13k3 P1 + 8k2 P2 + 20k3 P2  
2




+ 18EI EI hk  EI  2k k



+9 EI1 EI 2 h 2 k2 k1k2 k3l  3P1 + 7 P2  + EI 2 2k2 k3  4 P1 + 5P2  + k1  2k2  P1 + 5P2  + 3k3  3P1 + 7 P2  



M A' A + M A' B = 0

(19)

M BA ' + M BB ' + M BB '' = 0

(20)

M B ' B + M B 'C = 0

(21)

M CB ' = 0

(22)

M B '' B + M B '' D = 0

(23)

6.2 NUMERICAL ANALYSIS

M DB '' + M DD ' = 0

(24)

M D'D + M D'E = 0

(25)

The numerical analyse is carried out for two-layerd
frame structure as shown in Fig. 11 - 13.

M ED ' = 0

(26)

Story equation of this framework as virtual work
equation is the following equation.
2nd story

M B '' D + M DB '' P2
+
=0
h
2

(27)

1st story

M A ' B + M BA ' ⎛ P2 P1 ⎞
+⎜ + ⎟=0
h
⎝ 2 2⎠

(28)

The node A is fixed end, therefor,  A = 0 . We solve
numerically a system of above equation (3) to (28), with
each unknowns, rotation angle in each node  A ' ,  B ,  B ' ,

 B '' ,  C ,  D ,  D ' ,  E , and joint translation angle R1 , R2
are obtained. By obtained joint translation angle R1 , R2 ,
the horizontal displacement for 1, 2 as follows.

α 0 = 36  EI 2  h 2 k1k2 2 k3
2



1

2

2

2

1 2

+ 3k1k3 + 2k2 k3  + k1k2 k3l 

+  EI1  9  EI 2   4k2  k2 + k3  + k1  2k2 + k3   + 6 EI 2 k2  2k2 k3 + k1  k2 + k3   l + k1k2 2 k3l 2
2

2

Ly
Ly
Ly
Ly
Y
X
Figure 11: Ground plan

Lx

Lx
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P2

EI2
k2 k2
EI1

h
P1

EI2
k2

h

h

P2/2 E EI2 D’ D
k2
EI1

h

EI1

EI2

k3 EI
2
k2

EI1

P1/2 C EI2 B’’ k3
B’ k2 B
A’
A

k1
l

h

l

l

Frame type A

h

k1

Frame type B

Figure 14: frame type for structural model

Lx

Lx

Figure 12: X direction structural plane model

When the size was assumed to span Lx = 7m, Ly = 3.5m,
floor height h = 3.5m, the story rigidities are calculated
for each frame type A, B as shown in Table 8. The
allowable story drift is assumed to 1/200 in this analysis.
Lateral strength of the building are calculated by
allowable story drift. The strength of building (Total 3
structural plane) are shown in Table 9. Present model
was confirmed to satisfy the allowable story drift for the
load of the primary design level in Japan.
Table 8: Story rigidity for frame type
Story rigidity (kN/mm)
Story
Type A
Type B
2F
1F

h

Ly

Ly

Ly

Ly

Figure 13: Y direction structural plane model

Table 1 shows the rotational stiffness of joints obtained
experimental value. Fig. 14 shows frame type for each
structural model. X direction structural plane has one
frame type A and two frame type B. Y direction
structural plane has two frame type A.
Table 7: Rotational stiffness of joints
Rotational stiffness
Part
(kNm/rad)
Column base
k1
25200
Beam end
Column top

k2
k3

25200
25200

1489
3098

Table 9: Strength of building (Total 3 structural plane)
Strength of
Base shear
Direction
Judgement
building (kN)
force (kN)
X
267.2
>
196
OK
Y
209.2
>
196
OK

6.3 FEM ANALYSIS
Push-over analysis for Y direction structural plane was
carried out by finite element method (FEM). Table 10
shows overview of this FEM analysis.
300

Bending moment (kNm)

h

1162
1993

250
200
150
100
50
0
0

0.05

0.1

0.15

Relative rotation angle(rad)

Figure 15: Bending moment relative rotation angle
relationship

0.2
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Load was applied to the building top as horizontal
concentrated load. The size of degree of freedom in the
analysis is total number of nodes: 172, elements: 156.
Fig. 16 shows present FEM model. The joint of each
element was set by the spring element evaluated Bending
moment – rotation angle (M- non-linear characteristic
shown in Fig. 17. Fig. 18 shows Load – displacement
relationship. The horizontal load bearing capacity for Y
direction structural plane is approximately 300kN.

350
300
250
Load P (kN)

Table 10: Overview of FEM analysis
Analytical method
Finite element method
(Software: ANSYS Ver.17.0)
Element model
Low-order elements
Main member
Beam element (Timoshenko beam)
Joint
Non-linear spring (rotational spring)
Material
LVL (120E-320F/55V-47H)
Young modulus
E=12.0kN/mm2
Poisson's ratio
ν=0.1
Yield strength
y=32N/mm2
Strain hardening coefficient h=0.01 (bilinear characteristics)
Incremental analysis
Load increment method
Nonlinear theory
Material non-linear
(Small deformation theory)
(Kinematic hardening law)

200
150
100
50
0
0

200

400

600

800

1000

Horizontal displacement at building top δ (mm)

Figure 18: Load - displacement relationship

7 CONCLUSIONS

In this paper, it is proposed that assembling large crosssection timber joint system by high ductility wood frame
structure using FRP. The obtained results are shown as
below.
1. Ductility resistance mechanism based on FRP
adhesive forming joint was verified.
2. It was confirmed that the effect of initial stiffness by
shot blasting to the friction joint surface for high
strength bolt on the gusset plate.
3. High constructability timber joint system based on
effective of embedment mechanism for wood is
proposed.
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Figure 16: FEM model (Nodes: 172, Elements: 156)

REFERENCES

Bending moment (kNm)

300
250
200
150
100
50
0
0

0.05

0.1

0.15

Rotation angle (rad)

Figure 17: Bending moment – Rotation angle relationship
(Poly-linear approximation)

0.2

[1] S. Matsumoto, T. Ohkubo, Y. Watanabe, E. Kajita,
Development of The High-strength and Highductility Timber Framed Joints using Drift Pins and
Fiber Reinforced Plastics, World Conference on
Timber Engineering, pp.223-226, 2012.7
[2] S. Matsumoto, T. Ohkubo, Y. Watanabe, Seismic
Strengthening for Braced Frame Structure of
Existing Wooden Houses Using UltravioletrayedHardening FRP, Journal of structural and
construction engineering, Vol.77, No.672, pp.221230, 2012.2 (in Japanese)
[3] Shinya Matsumoto, Shuhei Mitsui, Takaaki Ohkubo,
Study on Timber Framed Joints using Drift Pins and
UV-hardening FRP, World Conference on Timber
Engineering, pp.97-98, 2014.8

WCTE 2016 e-book | 1556

Multiple Tab-and-Slot Joint : Improvement of the Rotational Stiffness for the
Connection of Thin Structural Wood Panels
Stéphane Roche 1, 2, Julien Gamerro2, Yves Weinand2

ABSTRACT: Researchers in Asia have focused on analyzing the rotational performance of traditional connections
based on embedment. The Nuki through-joint has inspired work at the laboratory of wood construction (IBOIS), Ecole
Polytechnique Fédérale de Lausanne, to improve the rotational behavior of the multiple tab and slot joint (MTSJ). In this
work, through tenon (TT) and closed slot joints were added to initial dovetail and Nejiri arigata joints used for foldedplate structures. The bending performance of the improved MTSJ-TT joint was higher than that of screwed angular
connections. Numerical monitoring of the embedded volumes under partial compression on the contact surfaces was used
to characterize the directly and indirectly loaded areas. The decay coefficients for the exponential form, which defined
the additional length in the indirectly loaded area, were quantified for both single (SC) and double contact (DC). The
evolution of these coefficients was also monitored along the angular deformation. Finally, an analytical formulation of
the embedded volumes was provided to prepare an analytical model for the MTSJ-TT joint subjected to bending.
KEYWORDS: timber, panel, through-connection, rotational embedment, multiple tab and slot joint.

1

INTRODUCTION

two edges at a time made possible the in-plane insertion
and the use of through tenon joints (TTs).
The embedment effect in a MTSJ with TT causes
it to behave similarly to traditional Japanese throughjoints in rotational partial compression. Researchers in
Asia have studied the elasto-plastic rotational behavior
of such joints [5][6][7], confirming their great rotational
stiffness and ductility, which contributes to the stability
of ancient structures, even during earthquakes. They
based their models on embedment theory developed in
Japan. Local compression loading produces directly
and indirectly loaded areas. Inayama established an
elastic formulation of this phenomenon for wood loaded
perpendicular to the grain [8]. Tanahashi et al. derived the
elasto-plastic embedment behavior of orthotropic wood
analytically from the Pasternak soil model [9]. Tanahashi
and Suzuki also worked on the rotational compression
of the Nuki joint using this model [6]. Other works
(e.g., Kitamori [10][11]) compared the additional length
profile of the embedment areas for different contact cases
(single/double, axial/rotational). Most of these works
show that the indirectly loaded area is characterized by an
exponential curve with a decay coefficient, γ (Equation 1).

In 2014, Robeller described structural connections for
thin engineered edge-joined wood panels [1]. The multiedge in-situ connection of laminated veneer lumber (LVL)
panels was demonstrated on a folded-plate prototype
(Figure 1a), and a Yoshimura tessellation of trapezoidal
plates was assembled with multiple tab-and-slot joints
(MTSJs). Despite significant rigidity in rotation, the
connections were weaker under bending than screws and
adhesives [2].
At the same conference, Krieg et al. presented a
pavilion that had a free-form geometry discretized with
planar hexagonal meshes, which resulted in trivalent
connections [3]. Except in the transition region between
positive and negative Gaussian curvatures, where the
plates approached a rectangle, the trivalent geometry
resulted in bending stiffness despite each pair of connected
edges being hinged. The mixed connection had finger
joints bearing the in-plane shear forces and crossing screw
joints bearing the axial and out-of-plane shear forces.
In the transition zone, the screws provided the required
bending stiffness.
Segmental plate shells with a trivalent geometry
partially solved the bending stiffness, while a folded-plate
structure improved the static height using thinner panels.
For folded-plate structures (FPS), the rotational stiffness
of the edge connection greatly affects the overall structural
behavior.
Figure 1b shows a double layered FPS based on the
Miura-ori pattern [4]. The connection of a maximum of

f (x) = a × exp(−γx)

Here, x is the abscissa on the non deformed surface and a
is the maximum surface displacement. The coefficient γ
defines the amplitude of the indirectly loaded area, and it
varies according to the type of embedment and the material
geometry and properties.
Inspired by the performance of Nuki joints in rotation,
the present article examines the embedment behavior of
TTs and closed slots that drastically improves the moment-
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resisting performance of a MTSJ. The deformed volume
is defined in the elastic and plastic range, and the decay
coefficient is experimentally obtained for single contact
(SC) and double contact (DC) with the grain parallel to
the joint axis.

(a)

(b)
Figure 2: MTSJ sample design.

Figure 1: (a) Yoshimura pattern and MTSJ (0�, 0�, ±30�), (b)
Double-layer Miura-ori pattern and TTs.

2

MTSJ DESIGN FOR IMPROVED
ROTATIONAL STIFFNESS

The Nuki joint, a tie beam penetrating a mortise cut
in a column, performs well as a moment-resisting
connection. To improve the rotational stiffness of a MTSJ,
a TT and closed slots were added to achieve a similar
embedment effect to a Nuki joint under rotation. Eight
geometries, including a MTSJ-TT, were tested to validate
the improvement (Figure 2). The first group (samples
(a) to (d)) has open slots. Sample (a) had the geometry
of the sample that has been reported to provide the best
compromise between stiffness in closing and opening [2].
The principle of the Nejiri arigata joint (MTSJ-JJ) is used
with an insertion oriented by θ1 = 0�, θ2 = 0� and a tab
angle θ3 equal to ±30� for the first and second half of the
edge, respectively [1] [2]. Sample (b) is the MTSJ dovetail
variante (DJ) of the same joint, and ±θ3 is applied to
each locking face. To limit kinematic slip during rotation,
sample (c) was the same as sample (b) except it included
one screw per tab, whereas sample (d) is a screwed MTSJ
finger joint (FJ) alternative with θ1 , θ2 , θ3 = 0�. The next
three samples (e, f, g) were designed with TTs and closed
slots. Samples (e) and (f) had elastic tabs whose snapfit (SF) function removed the last degree of freedom after
insertion [12]. Sample (g) is a MTSJ with TTs (MTSJTT); the effect of embedment in in this joint is investigated
in more detail in the following sections (Figure 3). For
comparison, sample (h) was only connected with a screw
on a butt joint.

3

Figure 3: Geometry of MTSJ with TTs.

3.1

METHOD

The test setup was the same as that introduced by Roche et
al. [2]. A dedicated folding machine applied a moment by
pushing perpendicularly to the loaded panel (F0) during
the rotation (Figure 4). The orientation of the sample in
the machine determined whether the angle between the
two panels was reduced (closing, Figure 4a) or increased
(opening, Figure 4b) during the deformation. The
deformation was measured by averaging measurements

BENDING EXPERIMENTS

Folding tests compared sample (g) in bending with the
other configurations of MTSJ. Its performance is also rated
with respect to screwed assemblies (Figure 2c,d,h).
2
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from two inclinometers, and the load by summing two load
cell responses.

Table 3: Sample parameters for partial compression
Parameters
Joint length
Panel thickness
Standing panel
Lying panel
Edge distance
Tab protrusion
Replicate

Figure 4: Folding machine: (a) closing and (b) opening.

4.1

a

b

c

d

e

f

mm
mm
mm
mm
-

50
21
S
K
0
8

50
21
K
K
0
8

50
21
K
K
63
4

50
21
S
K
63
1

30
21
K
K
50
10.5
5

30
21
S
K
50
10.5
5

forces can be determined by using Equation (2).
Vθ
E90,edge,mean · E90, f lat,mean
· Eθ with Eθ =
(2)
E
sin1.8 θ + E90, f lat,mean cos1.8 θ
90,edge,mean
t
Here, Pθ , Vθ , t, and Eθ are the local force, the embedded
volume, the reference thickness (here t = t0 = t1 ), and the
elastic modulus of LVL Kerto-Q at θ angle, respectively.
Inspection of the surfaces also confirmed the exponential
form of the indirectly loaded surfaces, as analyzed by
Japanese researchers [8][10][11]. Additional experiments
formalized the mechanical behavior of the embedment and
the decay coefficients.
Pθ =

RESULTS

The experimental results are represented as non-linear
average moment–rotation curves (Figures 5 and 6). The
linear part fits between 10% and 40% of the ultimate
moment in each case. Tables 1 and 2 present the
values of average stiffness and ultimate moment for
each sample (from five replicates) in the two directions
of loading. The MTSJ with closed slots and TTs
(sample (g)) was more than twice as stiff and twice as
strong as the screwed connection (sample (h)) in closing.
Combining DJ or FJ with crossing screws improved the
stiffness of the connections asymmetrically. Screwed
connections generally show a significant difference of
stiffness between closing and opening owing to the rig
effect described in Ref. [2] combined with the screw
pressing effect. In Figure 2, the red contact surfaces of
samples (c) and (d) are pre-stressed by the screwing. These
surfaces are then fully carried with limited slip during
the opening of the joint. In closing, the screw heads
are pulled out, and only the threads resist comparatively
weakly against the induced tension.
Figure 7 shows the symmetric behavior of the MTSJ-TT
for both loading directions. The elastic part of the curves
ends after a very limited rotation of less than 5°. The next
section focuses on the embedment volume geometry of
this particular type of MTSJ.

4

Unit

JL
t
SP
LP
ED
P
-

K = LVL Kerto-Q, S = Steel

Five replicates of each geometry were tested in opening
and closing (Figures 4a,4b), giving a total of 80 results.
3.2

Symb.

4.2

EMBEDMENT BY ROTATIONAL PARTIAL
COMPRESSION

4.2.1 Description of the tests
The test comprised two parts: the first characterized the
mechanical behavior of the MTSJ in partial compression
with rotation, and the second analyzed the additional
length profile. As described in the previous section, a
MTSJ shows two types of rotational compression, SC and
DC. Both phenomena were studied here. For each test, six
series of samples with different geometries and with wood
and steel matrices for the standing panel (SP) were tested
(Figure 10). The geometric properties and characteristics
of each sample are listed in Table 3.
Samples were tested using a setup designed for partial
compression with rotation (Figure 11). A 20 kN cylinder
pressing on a steel lever arm was used to transmit rotation
θ on the SP, which bore the surface of the lying panel (LP).
The lever arm kept the load perpendicular to the standing
panel in any position. The LP was rigidly fixed by a steel
clamp. The location of the rotation center could be set
depending on the geometry of the test sample. Rotation
and load were recorded by two inclinometers and the cell
load. A total of 31 specimens were tested. All these tests
were performed with the grain parallel to the length of the
joint with a dihedral angle equal to 90°.

EMBEDMENT EFFECT ON MTSJ
WITH TT
CONTACT SURFACES

After testing, sample (g) was cut and scanned to identify
the contact surface and the geometry of the deformed
volumes (Figure 8). As the behavior is symmetric, Figure
9 presents only the embedment effect in closing. Where
the tenons go through the slots, an embedment zone is
present at each side of the tab faces (DC, Figure 9a). It
results in a self-locking effect. In addition, the shoulders of
the F0 panel compressed the surface of the F1 panel, leading
to a single deformation on the bottom face F1− (SC, Figure
9b). The internal local forces at each deformed zone
counterbalance the external bending moment. The total
resisting moment of the joint is obtained by multiplying
each local force by its respective lever arm measured from
the rotation center of the joint. This study is limited to the
geometry of the deformed volumes, from which the local

4.2.2 Moment–rotation
compression

behavior

in

partial

All the tests explored the mechanical behavior of this
joint in partial compression with rotation angles from
0°to 25°(Figure 12). First, the clearance of the joint
caused an initial displacement, and special attention was
given to the production of the samples to minimize it.
This deformation is an essential consideration in structure
design, and receives particular attention in the current
European standards. Secondly, the joint stiffness was
3
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S01 - Moment-Rotation - Average curves
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(a)
(b)
(c)
(d)
(e)
(f)
(g)
(h)

100

60
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S02 - Moment-Rotation - Average curves

110

(a)
(b)
(c)
(d)
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(f)
(g)
(h)

10
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35

0

5

10
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rot(°)

20
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Figure 5: S01 (closing): moment–rotation curves up to the
maximum point.

Figure 6: S02 (opening): moment–rotation curves up to the
maximum point.

Table 1: Average stiffness and ultimate moment for S01

Table 2: Average stiffness and ultimate moment for S02

Moment max.
Mean
Std.
N·m
-

Sample

Type

θ1 -θ2 -θ3

a
b
c
d
e
f
g
h

(JJ)
(DJ)
(DJ+S)
(FJ+S)
(2SF)
(1SF)
(TT)
(S)

00-00-30
00-00-30
00-00-30
00-00-00
00-00-00
00-00-00
00-00-00
3xscrew4.5

28
37
72
53
70
76
106
49

Stiffness
Mean
Std.
N·m/�
-

2.5
4.2
7.2
5.0
4.4
5.7
10.6
1.6

3.1
4.5
6.3
5.8
5.1
5.9
9.9
4.3

0.2
0.1
0.2
0.9
0.2
0.7
0.8
0.07

Sample

Type

θ1 -θ2 -θ3

a
b
c
d
e
f
g
h

(JJ)
(DJ)
(DJ+S)
(FJ+S)
(2SF)
(1SF)
(TT)
(S)

00-00-30
00-00-30
00-00-30
00-00-00
00-00-00
00-00-00
00-00-00
3xscrew4.5

Moment max.
Mean
Std.
N·m
31
42
84
82
71
86
95
74

2.7
3.4
13.3
6.2
5.8
7.5
5.6
1.0

Stiffness
Mean
Std.
N·m/�
3.2
4.0
10.5
10.8
4.9
5.5
9.4
9.0

0.6
0.6
1.1
1.0
0.4
0.7
0.9
0.12

S01 vs S02 - TT - Moment-Rotation - Average curves
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Figure 8: Scan of F 0+ embedment area with a FaroArm.
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average of all the replicates of each sample was taken, so
only average curves are displayed in the figures.

35

Wood’s anisotropic properties mean that its elastic
modulus changes with its grain orientation. The use of
a steel punch avoided parasitic effects due to the edge
deformation of the standing panel after a certain rotation
angle. Nevertheless, some tests were also conducted
with a wood punch to reproduce the actual behavior of
the joint. The mechanical behavior of the joint was
more homogeneous with the steel punch (Figure 13): its
standard deviation with a wood punch was almost 4 times
larger than that with a steel one. As a result, the SP
distortion at the corner of the contact surface was not
negligible, and could be considered in the theoretical

Figure 7: Symmetrical behavior of TT.

determined in the elastic region by a linear regression
from 0.1 to 0.4 Mu,D . The yield point was defined as the
intersection of the elastic and the plastic regression lines.
Densification was not achieved, because the rotation angle
should have been much larger; however, a joint with such
a large strain is structurally useless. As a consequence of
the setup limitation, the maximum moment observed in
the test was not the real ultimate moment of the joint. An
4
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Figure 12: Mechanical behavior
compression.

Figure 9: Embedment effect in MTSJ-TT: (a) DC and (b) SC.

in

rotational

partial

Figure 10: Sample geometries.

estimation of mechanical performance. The Hankinson
empirical formulas can help to characterize the elastic
modulus in different orientations [13].
All the stiffness and the yield point results are listed in
Table 4. The curves are presented for SC and DC (Figures
14 and 15). Using the steel punch gave higher results
than those from using wood for the reasons described
above. For SC, when the edge distance was 63 mm, the
elastic stiffness increased by 21% compared with no edge
distance. The increase did not affect the yield moment.
Further tests will be conducted to characterize the stiffness
with respect to this distance.

Figure 13: Corresponding stiffness with steel or Kerto Q punch.
Table 4: Elasto-plastic values for partial rotational compression
Sample

Elastic
stiffness
(N·m/�)

Plastic
stiffness
(N·m/�)

Yield
moment
(N·m)

Yield
rotation
(�)

a
b
c
d
e
f

10.9
12.1
15.1
14.1
6.1
9.5

4.6
4.1
4.4
6.3
3.1
2.6

99.2
64.7
69.5
92.3
38.0
47.1

7.5
4.6
4.1
5.6
6.1
5.1

Table 5 gives a comparative analysis of the SC and
DC joints. The joint length is 40% lower in the
DC configuration than in the SC one. Given that
the mechanical strength is proportional to the joint
length, the yield rotation behavior is not similar in both
configurations. Based on these results, the mechanical
performances of the SC and the DC configurations
are largely quasi equal. The exception is the yield
moment, which is more important in the DC configuration

Figure 11: Rotational partial compression setup: (a) 2x
inclinometers, (b) cylinder and 20kN cell loads, (c)
sample, and (d) lever arm.

5
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part. For this reason, the additional length was studied
only in the plastic part (Figure 16). The deformations
were monitored with a high-resolution camera during the
experiment. Afterwards, the final deformations were
scanned with a FaroArm to compare the data processing
from the camera pictures (Table 6). The results from both
data processes appeared almost equal, with a difference
of just 0.5%. The reliability of the data processes was
therefore verified.

Figure 14: SC moment–rotation curves.

Figure 16: Selected times on the moment–rotation curve.

Table 6: Comparative fit of γ coefficient - Scan vs camera
Type
ID Time
Time(s)
γ
Adj. Rsquare
Nb. curves

Figure 15: Double contact moment–rotation curves.

according to the proportionality of this test. A setup
with a higher rotation range could refine the linear
regression in the plastic part, and thus provide a more
accurate yield point. In the current setup, the MTSJ
showed homogeneous behavior in its different loaded
areas, leading to the stress distributing uniformly in the
joint and so avoiding failure at a singular weak point.

Contact

Plastic
stiffness
(N·m/�)

Yield
moment
(N·m)

Yield
rotation
(�)

Joint
length
mm

SC
DC
�

13.1
7.8
40 %

4.9
2.9
41 %

81.5
42.5
48 %

5.5
5.6
2%

50
30
40 %

Camera

t4
600
0.4407
0.96
7

t4
600
0.4432
0.99
5

First, the effect of geometry on the γ coefficient was
studied (for the same 25°rotation angle). All the γ
coefficients for the different geometries are listed in Table
7. The additional length of sample (d) was not studied
owing to the lack of consistent values from the few
specimens available. Table 8 compares the values between
SC and DC. The additional length in the DC was small,
which may account for most of the disparity in the results.
The γ coefficient for the DC was 77% bigger than that
for the SC. As a result, the additional length was less
important in the DC area of the joint for a given rotation
angle.

Table 5: Comparison of SC and DC
Elastic
stiffness
(N·m/�)

Scan

Table 7: γ coefficient at 25°of rotation
Sample
γmin
γmax
γmean
SD
Adj. Rsquare
Nb.samples
Nb.curves

4.2.3 Analysis of the additional length profile
The additional length takes the form of an exponential
curve whose shape is determined by the γ coefficient,
which needs to be set according to the different geometries
of the MTSJs.
The rotation angle and strain are both small in the elastic
6

a

b

c

d

e

f

0.27
1.14
0.50
0.21
0.95
8
21

0.22
1.34
0.53
0.28
0.97
8
25

0.15
0.89
0.55
0.24
0.95
4
10

-

1.77
4.51
2.95
0.88
0.94
5
12

1.11
3.58
1.76
0.95
0.93
5
6
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Table 9: Evolution of γ with rotation steps

Table 8: γ coefficients for SC or DC
Sample

SC

DC

Time step

γmin
γmax
γmean
SD
Adj. Rsquare
Nb.samples
Nb.curves

0.21
1.12
0.53
0.24
0.96
7
19

1.44
4.04
2.35
0.91
0.93
5
9

Time(s)
θ(°)
γ
SD
Adj. Rsquare
δ(mm)
Strain (%)

In the second step, the evolution of the additional
length was studied using time-lapse photography (Figure
17). Sample (a) is shown with a fixed interval of 120
seconds between each picture. Figure 18a displays the
area of additional length with respect to different angles
of rotation.

t1

t2

t3

t4

240
8.47
0.638
0.06
0.99
1.96
9.6

360
13.32
0.578
0.07
0.98
3.03
14.7

480
17.88
0.500
0.06
0.99
4.17
20

600
23.43
0.443
0.06
0.99
5.14
25

between the γ coefficient and the strain of the LP in this
configuration (Figure 18b and Table 9). The larger the
rotation, the smaller the γ coefficient was.
The effect of this coefficient was understood and
observed at a given rotation angle (time=t4 , θ = 23.43�):
the higher the γ coefficient, the smaller the additional
length was (Figure 18c). However, the additional length
represented a small part of the total deformed area.
Considering a constant γ coefficient during the rotation
of the joint, the average error was only 3.5%. A uniform
value of γ could be used with little effect on the result.
4.2.4 Embedded volumes
The total deformed volume due to the rotational partial
compression can be divided into elementary volumes
(Vi , Figure 19). Each volume is described by the
following integrations (Equations (3) to (8)), which are
expressed with the geometrical parameters of the directly
and indirectly loaded area given in Figure 3 and Table 10.
1
· w1 · l1 · h 1
2
∫ l1 ∫ w2
x · tan θ · exp(−γy)dydx
V2 =

(3)

V1 =

∫

0

V3 =

l1
0

V4 = w 1 ·
V5 =
∫
V6 =

∫

w3

0
∫ l4
0

l4 ∫

∫
0

0

(4)

0

(5)

h1 · exp(−γx)dx

w3

0

l4 ∫

x · tan θ · exp(γ(y − w3 ))dydx

w2

0

(6)

h1 · exp(−γx) · exp(γ(y − w3 ))dydx

(7)

h1 · exp(−γx) · exp(−γy)dydx

(8)

Table 10: Embedded volume parameter values
Param.

SC1
Name
Value

SC2
Name
Value

w1
w2
w3
l1
l4

M sh,end
Nr0
Lθ,S C cos θ
P22 +

13
0
12
139.5

M sh
Nr0
Nr0
Lθ,S C cos θ
P22

26
12
12
139.5

h1
γ

Lθ,S C sin θ
γS C

0.53

Lθ,S C sin θ
γS C

0.53

Name

DC∗

L se
Nr1
Nr1
Lθ,DC cos θ
P01
(P02 )
Lθ,DC sin θ
γDC

Value
37.2
6.4
6.4
10.7
(139.5)
2.35

* For each of the two embedded volumes, P01 and P02 set the l4 value,
respectively.

The length of the directly loaded surface is Lθ,k = t/2(1 +
tan θ/2) − C/ tan θ, where t is the panel thickness and C is
the clearance between the tab and slot.
The plastic range is reached quickly during the
deformation. If we consider that δy is the point where

Figure 17: Time-lapse photographs of the displacement profile.

The shape of the exponential curve varied with the
angle of rotation, although there was a linear correlation
7
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Figure 18: γ coefficients: (a) at each step ti , (b) linear regression of γ = f (strain), and (c) comparison with t4 displacement

Ve = Vi − V p .
i

5

the plastic deformation starts, then the elementary plastic
volumes are defined by Equations (9) to (14).
1
· w1 · l p1 · (h1 − δy )
2
∫ l1 ∫ w p
2
(x · tan θ · exp(−γy) − δy)dydx
=

V p2

∫

l1 −lp1

V p3 =

l1

∫

∫
V p5 =
∫

with

∫

l p4

w p3

0

l1 −lp1

V p4 = w 1 ·

V p6 =

0

l p4

0

∫

(h1 · exp(−γx) − δy)dx

w p5

0

0
l p4
0

∫

0

(x · tan θ · exp(γ(y − w3 )) − δy)dydx

w p6

w p3
l p4
w p5
w p6

[1] Robeller C., Stitic A., Mayencourt P. and Weinand
Y.: Interlocking Folded Plate – Integrated Mechanical
Attachment for Structural Wood Panels. In: AAG,
London, U.K., Springer, 2014.

(11)
(12)

(h1 · exp(−γx) · exp(−γy) − δy)dydx

(14)

δy
tan θ
1
δy
= − ln
with l1 − l p1 ≤ x ≤ l1
γ x tan θ
1
δy
= ln
+ w3 with l1 − l p1 ≤ x ≤ l1
γ x tan θ
1 δy
= − ln
γ h1
1
δy
= ln
+ w3 with l1 − l p1 ≤ x ≤ l1
γ h1 ∗ exp(−γx)
1
δy
= − ln
with l1 − l p1 ≤ x ≤ l1
γ h1 ∗ exp(−γx)
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STUDY ON CONTROL WOODEN JOINT RIGIDITY, STRENGTH AND
DUCTILITY WITH COMBINATIONS OF WOODEN FIBRE DIRECTIONS
Satoshi Onishi1, Yasut ru Karu

2,

Hid yu i Nasu3

ABSTRACT: Conventionally, energy absorption of joints in wooden structure has been obtained by yield deformation
of steel parts. However, we have tried to control behaviour such as rigidity type or ductility type with combinations of
wood fibre direction using screws in wooden structure for joint design. We defined the combination ratio of wood fiber
as Rp (Ratio of parallel). First, we used special large diameter bolts to get high rigidity and ductility with embedding
into combinations of parallel and orthogonal fiber directions. Then, we used long-screw which are more common in the
market. We made all CLT test pieces by ourselves. We have compared the joint behavior with experiments and analysis.
As a conclusion, we got following results of this study. When Rp rises, rigidity will be higher. On the other hand,
ductility will be higher when Rp falls. We suggest the relationship equation for Rp and the rigidity and ductility of the
increase or decrease by the theoretical value.
KEYWORDS: Wooden Joint, Combinations of Wood Fibre Direction, Rigidity, Ductility, Ratio of Parallel

1 INTRODUCTION 123

2 EXPERIMENTAL SUMMARY

We have been researching that if we can control the
rigidity type or ductility type by a combination of wood
fiber direction when joining with large diameter
conventionally bolts or long screws in wood structure.
Traditionally, the energy absorption capacity of the
junction in the wood structure has been obtained by
causing yield deformation of steel parts. The basic
characteristics of wood are different in the threedimensional by the fiber direction of the annual rings.
Fiber has a high rigidity in the compression of the
parallel direction, On the other hand it has a high
ductility in the compression of the orthogonal fiber
direction. However, our purpose of this study is to
control the behavior of wood joint depending on
structural design.

First, we used special large diameter bolts (diameter:
37φ, length 300mm) to get high rigidity and rigidity by
combination of the parallel and orthogonal directions of
the wood fibres (Fig. 1). Shows an installation diagram
of a test body using large diameter bolts in Fig. 2. We
defined the combination ratio of wood fibre as Rp (Ratio
of parallel). We have done many analysis and image
processing by changing the Rp. Rp represents the
percentage of the parallel direction of the wood fibres
according to the joint (Fig. 3). Rp rate of the largediameter bolt, was defined from the percentage of the
wood fiber direction caught by the bolt of the largediameter buried.When all the outer diameter of the largediameter bolt touches in a direction parallel to the fibers,
Rp rate is 100 percent (Fig. 4). The test pieces using a
large diameter bolt is shown below (Fig. 4-5).
Rp=(Ap/Ap+Ac)×100
Rp：Ratio of parallel fibers direction area.
Ap：Shear area which the fiber touches the parallel direction Laminar.
Ac：Shear area which the fiber touches the orthogonal direction Laminar.

Fig. 3: Rp rate o the large- iameter olt

Thread form of Large-bolt

Fig. 1: arge iameter olts Fig. 2: etting the test pieces o
arge iameter olts
1
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Fig. 4: Rp

test piece o the large- iameter olt
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Parallel Direction

L=170mm,φ=6mm

Cross Direction

Fig. 10: Rp
test piece o the large- iameter olt

Second, we used long-screw (diameter: 6φ and 8φ,
length:170 to 290mm) which are more common than
large diameter bolts in the market (Fig. 6-7). Rp of the
test pieces using the long screws, was determined from
the difference in the fiber direction of the wood inserted
screw. parallel direction of wood fibre, it is Rp100%.
The all screws are inserted into the orthogonal direction
of wood fibre, That is Rp0%. When the same number
and length of screws are embedded into the parallel and
orthogonal directions, Rp50%. We compared and
evaluated these the joints behaviour with analysis and
experiments by changing the combination of diameter and
length of the screws (Fig.8-11) . Shows an installation
diagram of a test body using long-screw in Fig. 12. An
example of the test pieces are shown in Fig. 13. The test
pieces are supposed to legs of pilasters.

Cross Direction

L=200mm,φ=8mm

Cross Direction

L=200mm,φ=8mm

Fig. 11: Rp

test piece o the long-scre
Wall-shaped column

Force application

Fig. 5: Rp

L=200mm,φ=8mm

test piece o the long-scre

Test pieces

Displacement meter
200t Amsler testing machine

Jig
Foundation

6or8

170 to 290

Fig. 12: nstallation iagram
o a test o y

Fig. 6: ong-screw

3 EXPERIMENTAL RESULTS

Description of the test pieces name
Ls 170-Rp0-1
① ② ③ ④
①
②
③
④

Fig. 13: n e ample o the
test pieces

3.1 D stru tion ro rti s o th t st i s
Test pieces of the large diameter bolts in Fig. 14-17.
Test pieces of the Long-screw in Fig. 18-40.

：Large diameter bolt or Long screw
：Length (mm)
：Ratio of parallel(%)－Rp0, Rp50,RP100
：Number of test pieces – 1, 2, 3

Fig. 7: he name o the test pieces

Lb360-Rp100%-1

Lb360-Rp100%-2

Parallel Direction

L=200mm,φ=8mm

Parallel Direction

L=200mm,φ=8mm

Fig. 8: Rp

test piece o the long-scre

Lb360-Rp100%-3
Photos of the experimental
Fig. 14: arge- iameter olt Rp
o estruction photo

Parallel Direction

L=200mm,φ=8mm

Cross Direction

L=200mm,φ=8mm

Fig. 9: Rp

test piece o the long-scre

Fig. 15: oa - isplacement cur e o
Rp

arge- iameter olt
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Lb360-Rp 50%-1

Lb360-Rp 50%-3
Fig. 16: arge- iameter olt Rp

Lb360-Rp 50%-2

Photos of the experimental
o estruction photo

Fig. 17: oa - isplacement cur e o

Ls290-Rp100%-1

Ls290-Rp100%-3
Fig. 18: ong-scre s
-Rp

arge- iameter olt Rp

Ls290-Rp100%-2

Photos of the experimental
o estruction photo

Fig. 19: oa - isplacement cur e o

s

- Rp

Ls260-Rp100%-1

Ls260-Rp100%-3
Fig. 20: ong-scre s
-Rp

Ls260-Rp100%-2

Photos of the experimental
o estruction photo

Fig. 21: oa - isplacement cur e o

Ls200-Rp100%-1

Ls200-Rp100%-3
Fig. 22: ong-scre s
-Rp

s

- Rp

Ls200-Rp100%-2

Photos of the experimental
o estruction photo

Fig. 23: oa - isplacement cur e o

s

- Rp
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Ls170-Rp100%-2

Ls260-Rp 50%-1

Ls260-Rp 50%-2

Photos of the experimental

Ls260-Rp 50%-3

Photos of the experimental

Ls170-Rp100%-1

Ls170-Rp100%-3
Fig. 24: ong-scre

s

-Rp

o

Fig. 25: oa - isplacement cur e o

Ls290-Rp 50%-1

Ls290-Rp 50%-3
Fig. 26: ong-scre s

estruction photo

s

- Rp

Ls290-Rp 50%-2

-Rp

Photos of the experimental
o estruction photo

Fig. 27: oa - isplacement cur e o

s

- Rp

Fig. 28: ong-scre

s

-Rp

o

Fig. 29: oa - isplacement cur e o

Ls200-Rp 50%-1

Ls200-Rp 50%-3
Fig. 30: ong-scre s

estruction photo

s

- Rp

Ls200-Rp 50%-2

-Rp

Photos of the experimental
o estruction photo

Fig. 31: oa - isplacement cur e o

s

- Rp
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2.5 FULL-SCALE BENDING TESTS

Figure 4: Load-displacement curves of small scale specimens

2.4.4 Discussion Small-scale test
The influence of the different EWPs manifested in
higher withdrawal values for STS (being correlated to
higher material density), as well as enhanced stiffness
for the HBV mesh. Increasing the fastener diameter
resulted in an increase in both stiffness and withdrawal
resistance for the same embedment, and it is anticipated
that the increase in the unit cost of the larger fasteners
would be offset by the reduced installation cost and
piece count. Omission of the non-slip polyethylene layer
resulted in significant increase in both strength and
stiffness for STS connections, however, it is unclear
what, if any, negative impact casting the concrete
directly to the timber without any protection may have
due to the prolonged exposure to elevated moisture
levels. The introduction of an insulation layer resulted in
reduced stiffness and capacity for both STS and HBV
connections and required screws to be installed in pairs
at 45 degrees, further reducing the efficiency of shear
transfer compared with screws at 30 degrees; however,
both systems were able to provide a viable connection
through the insulation. Lastly, the hybrid STS and
adhesive connections were characterized by three
sequential failure modes. Initially, the connections were
fully rigid, followed by bond failure where load was
transferred to the less stiff screws, after which the screws
began to pick up additional load before failing in either
tension or withdrawal.

Figure 5: Specimens after testing with different shear
connectors: ASSY VG (left), HBV (right)

2.5.1 Specimen description
Full-scale specimens were designed to exhibit composite
efficiencies in the range of 85-95% to allow comparing
the connector requirements for similar performance.
Calculations based on the γ-method were performed. For
the purpose of predicting experimental results, mean
values for material strength and stiffness were used.
A summary of the panel configurations, including the
connector spacing, is presented in Table 5. The
parameters tc, tt, and ti refer to concrete, timber and
interlayer thickness respectively, while rows refers to the
number of rows of fasteners across the width of the panel
and s1 and s2 refer to fastener spacing in the high and low
shear zones of the panel respectively, see Figure 10. Full
scale panels were designed and built using the same
material specifications as those for the Phase I.
Table 5: Full-scale test series parameters
Series

EWP

ti
(mm)

s1
(mm)

s2
(mm)

rows

Figure

S1

LSL

--

150

300

3

10 (a)

S2

LVL

--

150

300

3

10 (a)

S3

CLT

--

150

300

3

10 (a)

S4

LSL

25

300

--

3

10 (b)

S5

LVL

--

300

--

3

10 (c)

S6

LSL

--

--

--

2

10 (d)

S7

LVL

--

--

--

2

10 (d)

S8

CLT

--

--

--

2

10 (d)

S9

LVL

25

--

--

2

10 (e)

2.5.2 Test methods
The panels were tested at FPInnovations for strength and
stiffness under four-point bending. The panels spanned
5.8m between roller supports to simulate a true simply
supported condition. Load was applied to the panel at the
third points by a steel spreader beam which was pin
connected to a 100kip hydraulic actuator in a steel
reaction frame. The loads were spread evenly across the
width of the panel by way of steel HSS tubes. Roller
bearings were located between the spreader beam and
the HSS tubes ensuring that the specimens were entirely
unrestrained by the test apparatus. A photo of one
mounted test specimen is shown in Figure 6. Loads were
recorded using a calibrated load cell while vertical
displacements were measured by a mid-span LVDT for
the stiffness tests and lasers at the mid and third points
for the entire test to failure. Four additional LVDTs were
installed to measure the relative slip between the
concrete and timber at each of the four corners directly
over the supports.
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Figure 6: Photo of the specimen ready for testing

The dynamic performance of each TCC floor was
predicted based on established methods of mechanics
[15] using the effective bending stiffness determined by
the γ-method [9]. The panels were subjected to dynamic
excitation from a heel strike impact and accelerations
were recorded using a digital accelerometer. From these
acceleration time histories, the fundamental frequency
was obtained using a Fast Fourier Transform. Following
the initial vibration test, the panels were loaded to
service level (defined as the actuator load causing the
same bending moment as would be obtained from a 4.8
kPa UDL), held for thirty seconds, then unloaded a
minimum of two times or until the fundamental
frequency determined from the vibration tests stabilized.
At that point the panel was loaded to failure at a constant
displacement rate of 6mm/min.

The full-scale tests showed a less variety in failure
modes than the small-scale tests. This is likely due to the
lack of transverse reinforcing in the small scale tests, as
most connector types exhibited some level of cracking
around the connectors when connector failure was
initiated. It was expected that this failure mode would
not be observed in the full-scale tests due to the
additional wire mesh reinforcing as well as the inherent
confinement provided by a larger mass of concrete when
compared with a small unconfined piece of concrete as
in the small scale specimens.
It is relatively easy to measure the shear deflection under
bending, however much more difficult to measure
accurately the load in connectors. This is due to fact that
the generation of shear flow forces, which are carried by
the connectors, is dependent on the stiffness of the
connector. Good agreement was obtained between
predicted overall bending stiffness of panels and
experimental results. This indicates that stiffness values
obtained in small-scale shear tests as calculation input
are an appropriate characterization of the connector
stiffness under realistic bending conditions.

2.5.3 Results full-scale tests
Each of the full-scale specimens was subjected to
multiple loadings up to service level from which the
effective bending stiffness (EIeff) was calculated. The
vibration tests provided valuable, almost real-time,
feedback during the testing. The results are summarized
in Table 6 and compared with γ-method predictions.
Load vs. displacement curves are shown in Figure 7.
Following initial loading up to SLS and measurement of
the fundamental frequencies of each panel, they were
loaded to failure.
The failure modes for each panel type are summarized in
Table 6 and are based on interpretation of the panel and
connector load slip curves along with visual observations
during testing. Capacity varied between the panel types
and was generally indicative of the failure type. Brittle
failure modes such as concrete crushing and tensile
fracture of timber elements occurred at much higher
loads than more ductile failure modes such as connector
yielding or screw withdrawal.
2.5.4 Discussion
The understanding of the structural load path, and
expected and possible failure modes are important prerequisites for any competent design. The experimental
work showed that TCC can fail in a number of ways
which are characterized generally as either ductile or
brittle (see Figure 7).

Figure 7: Tested TCC panels: Brittle failure (top); connector
yielding (middle); deflection prior to yielding (bottom)
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(a)

(b)

(c)

(d)

(e)

Figure 8: Panel layout (a) ASSY VG at 30◦ [S1-S3], (b) ASSY VG pairs at 45◦ through insulation [S4], (c) ASSY VG at 30◦ plus
SikaDur 32 adhesive [S5], (d) HBV mesh [S6-S8], (e) HBV mesh through insulation [S9]

WCTE 2016 e-book | 2372

Table 6: Full-scale bending test results

Series
S1
S2
S3
S4
S5
S6
S7
S8
S9

EIeff
(1012 N*mm2)
Meas.
γ-method
3.41
3.24
3.22
3.83
3.73
3.81
2.90
2.84
3.16
4.65
4.59
4.34
4.15
3.88
3.92
3.34
3.35
3.16
3.94
3.85
4.16
3.13
2.85
2.95
5.73
5.87
6.13

Natural Frequency
(Hz)
Meas.
γ-method
7.31
7.10
6.96
7.71
7.75
7.81
6.84
7.01
6.98
8.21
8.44
8.13
-7.90
7.91
7.22
7.21
7.03
7.93
7.87
8.12
7.28
7.04
7.13
8.88
9.71
9.55

Figure 9: Typical load-displacement curves full-scale bending tests

Mult
(kN*m/m)
202
183
192
198
118
147
197
167
165
140
139
137
139
141
134
119
143
141

Failure mode
brittle concrete crushing &
timber fracture
screw withdrawal & timber
fracture
brittle timber fracture
ductile screw withdrawal
bond, screw withdrawal, &
timber fracture
connector yielding
connector yielding
timber fracture
ductile connector yielding

WCTE 2016 e-book | 2373

Where connector strength is the governing failure
mode, it is possible to introduce ductility to the
system where it would otherwise experience either
concrete compression or timber tensile failure. While
both brittle failure modes were observed during
testing, it was observed that brittle failures occurred
at load levels in excess of four times service load, and
in several cases as high as ten times service load.
This demonstrates that these brittle failures are
unlikely to be the governing failure mode within the
structure; as a result, the failure mode is no longer of
practical importance or consequence since the TCC
floor stands a very small chance of being a weak link
in the overall structural load path. It should also be
noted that even while some connectors exhibited
ductile behaviour at the connector level, the global
floor ductility was generally very low as the slender
panels have a large elastic deformation capacity
which was not greatly enhanced by the non-linear
contribution of the connectors, see Figure 7 (bottom).
The conventional wisdom surrounding design of
slender floor systems are that serviceability related
issues tend to govern rather than strength
requirements. In the case of lightweight joisted
floors, deflections under service loads are limited
both to prevent cracking of finishes on the ceiling
below, and to ensure a minimum amount of stiffness
is achieved to prevent occupant discomfort resulting
from transient vibrations. In heavier floors, such as
reinforced concrete slabs, long-term creep deflection
is generally the governing criterion that limits the
span. Although the vibration frequencies of these
floors often fall within the range of susceptibility for
human induced vibration, their significant mass limits
the motion that is perceived by occupants. TCC
floors do not fit neatly into either of these categories
as they are neither lightweight nor particularly heavy.
As such, the serviceability requirements are less well
understood and may require additional investigation
to ensure satisfactory performance is attained from a
given design.

3 CONCLUSIONS
The work presented is an extract of the experimental
work performed at UBC and FPInnovations [13]. A
two phase experimental program was developed
which focused first on performance of different TCC
configurations in small-scale shear tests. Nine TCC
configurations were selected for implementation in
full-scale bending and vibration tests. The full-scale
test specimens were designed according to the γmethod to achieve similar composite efficiencies in
the range of 90%. Specimens were tested for elastic
stiffness under quasi-static bending and dynamic
properties were obtained using an accelerometer. The

results showed that calculations according to the γmethod predict the stiffness and dynamic properties
of the panels within a reasonable degree of accuracy.
Predictions of the capacity were less easily validated
with simplified models; however, panels which were
designed to meet serviceability requirements had
significant reserve capacity.
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NUMERICAL MODELLING OF NAIL LAMINATED TIMBER-CONCRETE
COMPOSITE FLOOR SYSTEM
Lina Zhou1, Ying-Hei Chui2
ABSTRACT: With the trend towards sustainable building design, timber-concrete composite floor systems attract great
interest among building designers and developers as an alternative to the profiled steel-concrete deck that are commonly
used in commercial construction. The proposed 2-layer composite floor deck consists of a profiled nail laminated timber
(NLT) mainly designed in tension and concrete slab in compression. A numerical modelling approach was developed
via commercial software ABAQUS to simulate the composite action of wood-concrete floors under four-point bending.
The effects of NLT profile, thickness of concrete slab topping, fastening details, and shear span on composite action
were analysed through a comparison of stress-strain development in both concrete and timber layers and the loaddeformation responses in shear connections of composite floors. Initial construction details of this composite floor
system were therefore defined based on the preliminary analysis and will be examined further in the experimental phase
of the project.

KEYWORDS: Nail laminated timber, Wood-concrete floor, Numerical modelling, Shear connection, Composite action

1 INTRODUCTION 123
Composite floors, such as steel-concrete, steel-timber
and timber-concrete systems, are becoming increasingly
common in building construction. The main advantage
of composite floor systems is that it can optimize
material efficiency and structural performance. Concrete
material is usually layered on top of steel or timber as it
has relatively high compressive strength whereas steel
and timber have high tensile strength. In whichever
composite system shear connectors, installed either
between layers of composite slab or between the slab
and supporting floor beams, are regarded as the critical
component that controls the structural efficiency of
composite action [1 – 5]. In this paper, a concrete-timber
composite floor system consisting of a profiled nail
laminated timber (NLT) and concrete slab was
investigated through numerical modelling analysis. This
staggered design of nail laminated timber expands the
shear bonding surface between concrete and wood
components and also makes it possible to utilize the
small dimension lumber that may lead to commercial
opportunities for a relatively low valued and underutilized wood resource.

2 DESCRIPTION OF COMPOSITE
FLOOR SYSTERM
The analysed 2-layer composite floor system was 5 m in
length (Figure 1) with a cross-section of 266 mm × 180
mm (width × height) or 266 mm × 200 mm (Figure 2).
2.1 NAIL LAMITAED TIMBER LAYER
The NLT was composed of spruce-pine-fir (SPF) No. 2
grade and better lumber. Two staggered styles of NLT
were considered in this project. In style one there was
only one piece of small size lumber (2 × 3) between
large size ones (2 × 6) (Figure 2 (a)), while in style two,
the number of small size lumber (2 × 3 or 2 × 4) was
doubled (Figure 2 (b)). The laminates were connected
with two rows of 16d common wire nails at every 100
mm (Figure 1).
2.2 CONCRETE SLAB
The concrete slab was constructed with 25 MPa
compressive strength concrete. It was reinforced with 6
mm diameter, 100 × 100 mm steel mesh placed around
the mid-height of the concrete layer (Figure 2).
2.3 SHEAR BONDING AND FASTENERS

1

Lina Zhou, University of New Brunswick, Canada,
lina.zhou@unb.ca
2
Ying-Hei Chui,University of New Brunswick, Canada,
yhc@unb.ca

The composite action of this floor system is partially
contributed by the shear bonding between wood and
concrete. Additional shear connectors of Φ12.5 mm
threaded rod or bar were installed along the whole length
of the wood-concrete floor to enhance the composite
action.
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P

P

Threaded rod @ 100 mm

550

hc

Nail @ 100 mm

550
P

hw2

36

P

24

1050
5000 mm

Figure 1: Shear fastening detail

P

1550

Steel mesh: 6 mm of
diameter @ 100 mm

1550

Figure 3: Three four-point bending arrangements with
different shear spans

Table 1 summarizes the combination of cross section
profiles, fastening details and shear span of composite
floors analysed in this paper.

hw2

hc

Concrete

1050
P

hw1

Table 1: Details of composite floor deck

bw1

bw2

Composite
Floor

Profiled NLT
(a) Staggered style one

hw1

hw2

hc

Threaded rod

bw1

bw2
Nail

(b) Staggered style two
Figure 2: Cross section of composite floor deck

2.4 SHEAR SPAN
The composite floors were simply supported at both
ends. Four-point bending loads covering the whole width
of the test specimen were applied at 550 mm, 1050 mm
and 1550 mm away from the nearest support of the floor
strips respectively for the three shear spans evaluated in
the study (Figure 3).

bw1×hw1
mm

bw2×hw2
mm

CF1
38×64
38×140
CF2*
76×64
38×140
CF3
76×89
38×140
CF4
76×64
38×140
CF5
76×64
38×140
CF6
76×64
38×140
CF7
76×64
38×140
Note:
* the reference case.
The stiffness of nail joint
N/m.

hc
mm
40
40
40
60
40
40
40

Woodthread
rod joint
stiffness
N/m
1×106
1×106
1×106
1×106
2×106
1×106
1×106

Shear
Span
mm
1050
1050
1050
1050
1050
550
1550

for CF1~CF7 is 2.4×105

3 NUMERICAL MODEL
DEVELOPMENT
The composite floor systems were analysed using
commercial software ABAQUS V6.12. In this
preliminary analysis, efforts were made to investigate the
effect of cross-section profiles, fastening details and
shear span on the structural performance of composite
floors and the efficiency of composite action at low
stress-strain stage.
3.1 MODELLING APPROACH
Dimension lumber was assigned as an orthotropic
material with the longitudinal modulus of 9.0×109 N/m2
and 6.3×108 N/m2 for the two transverse directions.
Concrete slab was assumed to perform as an isotropic
material with Young’s modulus of 3.0×1010 N/m2. As the
steel mesh was assigned for non-structural purpose, it
was not included in the initial modelling work. The shear
bonding between concrete and wood was ignored at the
first phase to focus on the contribution of additional
shear connectors. Nails between laminates and additional
connectors between concrete and NLT were modelled
with linear-elastic fastener elements. Testing of nailed
and threaded rod connections have not been conducted in
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this project to obtain the load-deformation input database
for numerical modelling. Stiffness of 1.0×106 N/m and
2.4×105 N/m (Table 1) were assigned to threaded rod
and nail connections, respectively based on joint test
data in previous projects [6]. Figure 4 shows a 3-d shape
of the modelled strip composite floor.

(b) Profiled NLT
Figure 5: Example of stress contours along the longitudinal
direction (CF1)

Figure 4: Numerical model of composite floor

3.2 LOADING
The point load was represented by a pressure of 1.0×105
N/m2 on an area of 100 mm × 266 mm (Figure 4).

4 RESULTS
Stress-strain development on the cross section of midspan, load-displacement developed in nailed and
threaded rod shear connections and mid-span deflection
were derived from the numerical modelling analyses.
Based on these results, the effect of shear span on the
shear distribution of connections and composite action
efficiency were compared and discussed.
4.1 Stress-strain development
Figure 5 shows the stress contours on the cross section of
mid-span of floor strips for CF1. The extreme colours of
blue and red stand for compressive and tensile stress
respectively. It can be seen that the bottom of the
concrete slab is under tension (Figure 5 (a)) and the top
of the profiled NLT is under compression (Figure 5 (b)).

In this modelling analysis, the shear bonding between
concrete and wood through friction was ignored. Only
the larger size lumber was connected directly to the
concrete slab and there was no shear connection between
the small pieces of timber laminates and the concrete
slab (Figure 2). This may explain the notable tensile
stress development at the bottom of concrete slab (Figure
5 (a)). Additional shear connections between the
concrete slab and the small size lumber is suggested to
reduce the tension developed in the concrete. It can be
seen from Figure 5 (b) that the tensile stress developed at
the bottom layer of small size lumber is not as significant
as that of larger size lumber. This indicates that the
nailing detail used in this floor system is not stiff enough
to make the NLT work as a whole cross section.
Table 2 summarizes the mid-span deflection of
composite floors and the maximum tensile and
compressive stress developed in the concrete slab and
the profiled NLT.
a)

Comparing CF1 to CF2 (the reference case), the
number of smaller size lumber between the larger
ones was reduced from two to one. The number of
threaded rod shear faces between concrete to wood
are increased from 4 for CF2 to 6 for CF1. Both the
mid-span deflection and stress in concrete and
timber are reduced.

b) Comparing CF3 to CF2, the height of smaller size
lumber was increased from 64 mm to 89 mm, and at
the same time the height of concrete in the staggered
teeth section was reduced from 76 mm to 51 mm.
The deflection in the mid-span of composite floor is
increased significantly. The compressive stress in
concrete and the tensile stress in timber are also
increased, while the tensile stress in concrete is
reduced as the height of tension area is reduced (It
can also be seen in Figure 6 (c)).
(a) Concrete slab

c)

Comparing CF4 to CF2, the thickness of concrete
slab was increased from 40 mm to 60 mm. As a
result, both the mid-span deflection and stress
development of composite floors are reduced.
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d) Comparing CF5 to CF2, the stiffness of threaded rod
shear connection was arbitrarily doubled. The
tension in concrete and compression in timber is
reduced which indicates the two-layer floor system
works more consistently.
e)

Comparing CF6 and CF7 to CF2, the shear span
changed from 1050 mm to 550 mm and 1550 mm,
respectively. The deflection and stress of composite
floor was reduced for CF6 (550 mm shear span) and
increased for CF7 (1550 mm shear span). This is
due to change in the bending moment which is
linearly proportional to the shear span.

Table 2: Mid-span deflection and stress development of
composite floors under total applied load of P=2.66 kN
Concrete
Timber
σc
σt
σc
σt
MPa
MPa
MPa
MPa
CF1
5.5
-2.62
2.30
-0.51
1.47
CF2*
5.9
-2.79
2.58
-0.59
1.56
CF3
7.2
-2.82
1.92
-0.58
1.98
CF4
4.1
-2.26
2.27
-0.33
1.19
CF5
5.5
-2.73
2.28
-0.40
1.57
CF6
3.3
-1.45
1.31
-0.29
0.81
CF7
8.1
-4.17
3.99
-0.95
2.32
Resistance
-25
2.5
11.8
11.5
Note:
* the reference case
Uy is the mid-span bending deflection; σc is the
maximum compressive stress and σt is the maximum
tensile stress.
Composite
Floor

Uy
mm

The last row in Table 2 shows the specified
characteristic strength of concrete and specified strength
of timber adopted in this project. Comparing the stress
developed in composite floor components to the
specified value, it can be seen that the compressive stress
in concrete and the compressive and tensile stress in
timber is much smaller than the specified value which
indicates the assumption of composite floor at the elastic
range in modelling analysis is reasonable under the
applied load. However in some cases, the tensile
resistance in concrete has already been fully utilized
under the applied load. While in reality, the shear
bonding between the timber and concrete may delay the
tension crack developed in the concrete slab and it will
be considered in the next phase of modelling work.
Reducing the concrete height of staggered teeth area in
CF3 and employing additional shear connection between
the concrete slab and small size lumber may be other
options to reduce the tension developed in concrete.
The strain distribution of the mid-span cross section is
illustrated in Figure 6. Where positive values mean
under tension and negative values mean under
compression. It can be seen that in most cases, there is a
strain difference between the concrete slab and the NLT
at the same cross section height, which indicates the
present of slip between these two layers i.e. partial
composite action. In CF5, where the shear stiffness of
threaded rod connection is doubled, the concrete slab
and NLT perform more efficiently as a composite

section at the low stress stage. The effect of the NLT
profiled detail, the shear connection stiffness and shear
span on the strain development of composite floor is
consistent with the effect of these parameters on the
development of stress as shown in Table 2.
-8.9

-9.5
-6.6

-5.7
7.8

8.7

16.3

17.3

(a) CF1

(b) CF2
-7.7

-9.6

3.7

-6.4
6.5

7.7

22.0

13.2

(c) CF3

(d) CF4

-4.9

-9.3
-4.4

-3.2

7.7

4.4

17.4

9.0

(e) CF5

(f) CF6

-14.1
-10.6
13.5
25.8
(g) CF7
Figure 6: Strain at the mid-span cross section (×10-5)

4.2 Shear connector performance
Figure 7 shows the shear force distribution in
connections along the longitudinal direction of CF1-CF5
where the composite floors have the same shear span of
1050 mm. There are 50 shear joints in total in each row
(Figure 1). It can be seen that the shear force developed
in the connections within the pure bending section is
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almost linearly proportional to its distance from midspan. Within the shear span section, where the floor strip
is under a combination of bending and shear, the shear
developed for these connections is similar to each other.
It also shows that the shear force in CF3 has the
maximum value within the group of CF1-CF5. As
expected in CF1-CF5 cases, the shear force experienced
by the connection within the shear span is larger than the
ones located inside the constant bending moment zone of
the floor strip.

200

100
50

Load (N)

Nail-CF1
Nail-CF2
Nail-CF3
Nail-CF4
Nail-CF5

150

50
0

-50

-100

0

-150

-50

-200

-100
-150
-200

1

8

15

22

29

36

43

50

(a) Nail joint between laminates

8

15

22

29

36

43

50

43

50

(a) Nail joint between laminates
200

Bolt-CF1
Bolt-CF6
Bolt-CF7

150

200

100

100
50

Load (N)

Bolt-CF1
Bolt-CF2
Bolt-CF3
Bolt-CF4
Bolt-CF5

150

Load (N)

1

Connection number
Connection number

50
0

-50

0

-100

-50

-150

-100

-200

-150
-200

Nail-CF1
Nail-CF6
Nail-CF7

150
100

200

Load (N)

while the shear developed in the connections located
within the shear span is relatively large. In general
whether the number or stiffness of connections near midspan can be optimized will largely depend on the shear
span or the loading pattern. Three-point load and
uniformly distributed load patterns may need to be
considered in future modelling work.

1

8

15

22

29

36

43

50

Connection number
(b) Threaded rod connection between concrete and
profiled NLT
Figure 7: Shear distribution in fasteners

1

8

15

22

29

36

Connection number
(b) Threaded rod connection between concrete and
profiled NLT
Figure 8: Shear distribution in fasteners (shear span
effect)

4.4 Composite action efficiency

It should be noticed that although the shear force
developed in CF5 is the second most significant in CF1CF5, the slip of these connection is the smallest. This is
because the stiffness of threaded rod connections in CF5
is doubled compared to the other cases. It is consistent
with the small strain difference shown in Figure 6 (e).

The efficiency of composite action of strip floor can be
evaluated by Equation (1) [7].

4.3 Effect of shear span

where DN is the theoretical non-composite deflection, DC
is the theoretical fully composite deflection and DI is the
deflection derived by numerical modelling analysis of
timber-concrete composite floor.

Figure 8 shows the effect of shear span on the shear
distribution of threaded rod fasteners along in the same
row. It is shown that as shear span increases, the
connection shear is also increased. This is due to the fact
that the maximum bending moment of the floor strip is
linearly proportional to the shear span if the load value is
fixed. As was discussed above the shear force developed
in the connections near the middle of the span is small

Efficiency 

DN  DI
D N  DC

(1)

The mid-span deflection can be calculated by Equation
(2):
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D

Pa
(3l 2  4a 2 )
24 EI

(2)

where P is the applied load, a is the shear span, l is the
total span, EI is the bending stiffness. The bending
stiffness, EIN, of a non-composite floor is calculated by
Equation (3) by assuming a layered floor system without
interlayer shear transfer between concrete slab and
profiled NLT or the nails between lumber laminates.

EI N  EI

concrete

  EI

lumber

(3)

The bending stiffness, EIC, of a non-composite floor is
calculated by transformed section method where the
interface between the concrete slab and profiled NLT
and the laminates are rigidly connected.
The values of composite efficiency and the noncomposite, fully composite and partially composite
deflections of floors are shown in Table 3. Comparing
CF1, CF3 and CF5 to CF2, it is shown that increasing
the interface between concrete and timber, reducing the
height of concrete in staggered teeth section area and
increasing the stiffness of shear connections can improve
the composite efficiency of timber-concrete floor
system. Comparing CF6 and CF7 to CF2, it is found that
the shear span only has a minor effect on the composite
efficiency. CF4 with a 60 mm concrete slab has the
smallest composite efficiency. These findings indicate
that the composite efficiency may be mainly determined
by the details of the composite floor itself, and the effect
of the loading pattern is limited.
Table 3: Composite efficiency of composite floors
Composite
Floor

DN
mm

DC
mm

DI
mm

Composite
Efficiency

CF1
8.4
4.1
CF2*
8.1
4.0
CF3
12.1
4.2
CF4
4.6
2.8
CF5
8.1
4.0
CF6
4.4
2.2
CF7
11.0
5.5
Note:
* the reference case

5.5
5.9
7.2
4.1
5.5
3.3
8.1

68%
54%
62%
27%
63%
50%
53%

5 CONCLUSIONS AND DISCUSSION
A composite timber-concrete floor system was
investigated in this paper through numerical modelling
analysis. This composite floor includes a profiled NLT
panel and a concrete slab topping. They are joined
together by shear connectors. The effects of NLT profile,
thickness of concrete slab, fastening details, and shear
span on composite action were analysed through
comparison of stress-strain development in both concrete
and timber layers and the load-deformation responses in
shear connections of composite floors. Results show that
additional shear connections between the concrete slab
and the smaller size lumber is needed to reduce the

tensile stress developed in concrete. Otherwise,
significant tension cracks may be developed in concrete
at an early stage, whereas the stress developed in
compression of concrete and tension and compression of
timber is still far below the specified resistance. The
composite efficiency of timber-concrete floor can be
improved by increasing the area of the contact surface
between the concrete slab and NLT that leads to an
increase of shear connections. It can also be improved by
reducing tension height of concrete and increasing
stiffness of shear connection between concrete and NLT.
The ideal cross section will be one that leads to
compression in the concrete slab only and tension in
timber. The shear distribution of connections varies with
changes in shear span and loading pattern. The
optimization of shear connections in design should
consider the loading pattern.
Generally, the proposed profiled NLT panel can be used
as an alternative to profiled steel deck in composite floor
system and may increase the net height of large span
construction by eliminating the beams supporting floor
decks. Initial construction details of this timber-concrete
composite floor system are defined based on this
preliminary analysis and will be used as database for
further experimental work and numerical modelling in
the next phase.

6 FUTURE WORK
All of the work presented in this paper is based on elastic
performance assumption. More research work including
testing of materials, components and floor systems, and
numerical modelling analysis involving the plastic
performance of composite floors is needed in order to
get a better understanding of the composite action of
timber-concrete floors. Future required research
activities are listed below:
a)

Conduct material and connection tests to derive
mechanical properties of components as input to
numerical models.

b) Improve numerical modelling analysis by
considering the elastic-plastic-damage performance
of shear connections, modelling the shear bonding
between concrete slab and NLT and elastic-plasticdamage performance of NLT panel and concrete
slab.
c)

Testing of strip composite floor system to verify the
improved numerical modelling approach.

d) Parametric study of wood-composite floor system
via verified numerical modelling approach to derive
design guidelines for profiled NLT-concrete
composite floor system.
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NUMERICAL MODELING OF THERMAL-HYGRIC EFFECTS ON
ADHESIVE-BONDED TIMBER-CONCRETE COMPOSITES
Werner Seim1, Lars Eisenhut2, Sonja Kühlborn3
ABSTRACT: The long-term behavior of adhesive-bonded timber-concrete composites is influenced by climatic
changes in temperature and relative humidity because of the different properties of wood, concrete and adhesive. Threedimensional material models, which take into account the hygrothermal and time-dependent behavior, were developed
to predict the long-term behavior. The material behavior of the wood is highly influenced by the moisture content. Thus,
the wood moisture content was calculated numerically as well as depending on the surrounding climatic conditions. The
numerical models were validated with data from experimental investigations and applied to determine climatic
conditions for further experimental investigations.
KEY WORDS: Composite, timber, adhesive bond, concrete, long-term behavior, climate, numerical modeling

1 INTRODUCTION

123

The long-term behavior of adhesive-bonded timberconcrete composites was studied experimentally on three
different scales in a research project carried out at the
University of Kassel [1–3]. To ensure a proper long-term
behavior of timber-concrete composites, it has to be
considered that wood, concrete and the epoxy adhesive
have different hygrothermal properties, which lead, in
the case of a rigid bond, to additional stresses in the
bonding zone and deflections caused by climatic
changes. These phenomena are overlaid by creep effects.
Parallel to the experimental investigations, a numerical
model was developed to predict the long-term behavior
of
adhesive-bonded
timber-concrete
composites
considering the hygrothermal and time-dependent
material properties of the wood, concrete and adhesive.
The model was validated with data acquired in the
experimental investigations (see Figure 1).
This paper focuses on the numerical description of
hygrothermal phenomena with respect to time-dependent
and rheological material behavior and moisture
transportation processes in wood. The validation of the
1
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model with data from the long-term experiments will be
documented and the application of the numerical model
for closer investigations on the wood moisture content
over time will be presented.
Further information on the numerical modeling of
adhesive-bonded timber-concrete composites are given
in [3].

Figure 1: Experimental setup and FE mesh of the full-scale
specimens

2 NUMERICAL DESCRIPTION OF
HYGROTHERMAL PHENOMENA
The long-term behavior of timber-concrete composite
elements is strongly influenced by hygrothermal and
time-dependent phenomena, as is well-known from
various theoretical and experimental investigations. In
this context, the swelling and shrinking of the wood and
strains due to temperature changes in the wood, the
concrete and the adhesive have to be considered. The
shrinking of the concrete also has a major influence on
the long-term behavior of timber-concrete composites.
Viscoelastic and mechano-sorptif properties have to be
considered for the time-dependent behavior of wood.
The time-dependent behavior of the concrete and the
adhesive can be described basically with viscoelastic
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material properties. The rheological behavior of wood is
influenced by the wood moisture. To describe the
rheological behavior of the wood properly in a numerical
calculation, the distribution of the wood moisture over
the cross-section of the wood has to be known.
The calculation of the long-term behavior of adhesivebonded timber-concrete composites is based on an
addition of incremental strain changes in defined time
intervals, as already proposed by Fortino [4]. Specific
approaches how to define incremental strain changes for
the cross-sections of the wood, the concrete and the
adhesive are presented in the following sections.
The finite element software ABAQUS [5] was used for
the numerical calculations. With this software, it is
possible to define variables and equations in subroutines
and to embed them within numerical calculations. The
material models of the wood, the concrete and the
adhesive presented in section 2.1 were defined in the
subroutine UMAT. The moisture transportation
processes in the wood described in section 2.2 were
defined in the subroutine DFLUX.
2.1 MATERIAL MODELS
In order to describe the material behavior of adhesivebonded timber-concrete composites numerically, threedimensional material models, as already presented by
various authors [4, 6–11], were adapted, taking into
account the hygrothermal and the time-dependent
behavior of the wood, the concrete and the adhesive.
2.1.1 Wood
Three-dimensional models to describe the rheological
behavior of wood have been presented by Fortino [4],
Hanhijärvi [7] and Fragiacomo [12].

p

q

i 1

j 1

   e   u   T    ive   ms
j

(1)

2.1.2 Concrete
The material behavior of the concrete is described with
isotropic material properties. The deformation
mechanisms considered for the concrete are presented in
Figure 3 and Equation (2).

Figure 3: Material model of the concrete

The temperature- and time-dependent behavior of the
concrete is defined with elastic strains εe, expansions due
to temperature εT, shrinking strains εcs consisting of
strains due to drying shrinkage and autogenous
shrinkage, and the viscoelastic behavior with εfl and εive.
p

   e   T   cs   fl    ive

(2)

i 1

2.1.3 Adhesive
As detailed information about the epoxy adhesives used
in the experimental investigations was not available, the
viscous and viscoplastic parameters for the rheological
material model were derived from comparable
investigations on epoxy adhesives according to Schmidt
et al. [13]. The three-dimensional material model for the
epoxy adhesive as presented in Figure 4 is based on the
linear viscoelastic Burgers model.

Figure 2: Material model of the wood

The material model depicted in Figure 2 is derived from
the three-dimensional material model by Fortino [4],
with the addition of an element for temperature
expansion. The material model of the wood is described
by Equation (1), where the five deformation mechanisms
elastic strains εe, expansions due to moisture εu and
temperature εT, viscoelastic strains εive and stressdependent mechano-sorptif strains εjms are connected in
series.

Figure 4: Material model of the epoxy adhesive

The deformation mechanisms of the epoxy adhesive are
displayed in Equation (3), which takes into account
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elastic strains εe, expansions due to temperature εT, linear
viscous strains εη and viscoelastic strains εive.
p

   e   T       ive

(3)

i 1

2.2 MOISTURE TRANSPORT IN WOOD
The rheological behavior of the wood is highly
influenced by the wood moisture. The distribution of the
wood moisture within the cross-section of the wood is
essential to get a realistic numerical simulation of the
rheological behavior. The moisture transport, according
to the Fickian approach as used by Hanhijärvi [7],
Toratti [6] and Fortino [4], takes into account two
different transportation processes: the transfer of
moisture over the wood surface qn and the moisture
transport within the cross-section qb. Both transportation
processes are displayed in Figure 5.

uair



  T  273.15   ln 1  h 
 0.01  
6.46
 T  273.15  

0.13
1




647.1




The transfer of moisture over the wood surface, as
described in Equation (4), depends on the difference
between the equilibrium moisture content of the wood
uair and the moisture content at the wood surface usurf.
The surface emissivity coefficient Si and the density of
the wood under dry conditions ρ0 also have to be
considered. qn is calculated in the subroutine DFLUX as
a scalar quantity with a direction rectangular to the wood
surface.
qn

0

 Si   uair  usurf



(4)

Three different surface emissivity coefficients Si which
have been taken from literature are displayed in Table 1.
Toratti [6] defined the surface emissivity coefficient
presented as a constant value, whereas Hanhijärvi [7]
describes it as a function of the wood moisture.
Table 1: Surface emissivity coefficient Si

S1
S2
S3

[m/s]
1.3 ∙ 10-7
0.5 ∙ 10-7
3.2 ∙ 10-8 ∙ e4.0 ∙ u

Reference
[6]
[7]

(5)

Following Hanhijärvi [7], the equilibrium moisture
content of the wood uair is calculated according to
Equation (5), where T is the temperature in [°C] and
h = 0.01 ∙ RH (relative humidity).
Therefore, data regarding the relative humidity RH of the
ambient air and of the temperature T are necessary.
These data were acquired during the experimental longterm investigations on full-scale specimens at an outdoor
testing-station, as displayed in Figure 1. The relative
humidity and the temperature were measured hourly
Table 2: Different coefficients of diffusion DR,T,i perpendicular
to grain

DR,T,i
DR,T,1
DR,T,2
DR,T,3
DR,T,4

Figure 5: Mechanisms of moisture transfer in wood used in the
numerical simulation

1

110T  273.150.75







[m²/s]
1.2 ∙ 10-10 ∙ e2.28 ∙ u
1.0 ∙ 10-10 ∙ e2.28 ∙ u
8.0 ∙ 10-11 ∙ e4.0 ∙ u
2.4 ∙ 10-10 ∙ e4.0 ∙ u

Reference
[6]
[7]
[4]

The moisture transport within the cross-section qb as
described in Equation (6) depends on the diffusion
coefficients perpendicular to grain DR,T (see Table 2) and
in grain direction DL (see Table 3), and also on the water
concentration gradient in the wood c . The moisture
flow qb can be interpreted as a vector with a direction
towards the greatest gradient of concentration.
qb   D c
Table 3: Coefficients of diffusion DL parallel to the grain,
according to Sjödin [14]

Wood moisture
[%]
0.0
5.0
5.5
7.0
8.5
9.0
13.5
18.0
23.0
28.0

Coefficient of diffusion DL
[m²/s]
5.56 ∙ 10-10
3.10 ∙ 10-9
3.30 ∙ 10-9
3.50 ∙ 10-9
3.60 ∙ 10-9
3.50 ∙ 10-9
2.70 ∙ 10-9
1.90 ∙ 10-9
1.30 ∙ 10-9
9.00 ∙ 10-10

(6)
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3 MODEL VALIDATION
The numerical model presented in section 2 was
validated with data acquired from experimental
investigations. Therefore, four full-scale timber-concrete
composite specimens (E 1.1, E 1.2, E 2.1 and E 2.2)
were placed over a small river in Northern Hessia,
Germany, as presented in Figure 6. The full-scale
elements were exposed to permanent loads and natural
climatic conditions for more than two years.

The measured values of the wood moisture at the surface
are strongly dependent on the daily changing climate and
show a large variation, as depicted in Figure 7. This is
also shown by the values calculated, although they
present reduced scattering. The values calculated at
depths of 25 mm and 50 mm are in good accordance
with the values measured.
3.2 DEFLECTION OF THE FULL-SCALE
ELEMENTS
The deflections of the four full-scale elements were
measured with a pair of digital calipers. The hourly
measured values of the temperature and the relative
humidity as well as the deflections measured are
documented in Figure 8. This figure also shows the
deflections calculated with the numerical model
presented in section 2.

Figure 6: Outdoor test setup of full-scale elements.

3.1 WOOD MOISTURE
The temperature and the relative humidity at the outdoor
testing station were measured permanently with data
loggers to enable a realistic calculation of the wood
moisture of the full-scale specimens. The wood moisture
was also measured recurrently with an electronic
moisture meter. Therefore, a reference timber specimen
was placed in the horizontal gap between two composite
beams. The wood moisture was measured at the surface
of the reference specimen as well as at a depth of 25 mm
and 50 mm to validate the calculations.

Wood moisture [%]

20
18
16
14
12
10
Sep-12

Mar-13

Sep-13
Time

Sim - Oberfl.- Surface
Calculation

Mar-14

Sep-14

Mess - Oberfl. - Surface
Measurement

Wood moisture [%]

20
18
16
14
12
10
Sep-12

Mar-13

Sep-13
Time

Sim
- 25 mm Tiefe
Calculation
- 25 mm
Mess
- 25 mm Tiefe
Measurement
- 25 mm

Mar-14

Sep-14

Sim
- 50 mm Tiefe
Calculation
- 50 mm
Mess
- 50 mm Tiefe
Measurement
- 50 mm

Figure 7: Wood moisture in the reference specimen –
measurement and calculation

The values calculated resemble the values measured with
respect to absolute values as well as deformation
characteristics over time. The deflection measured
increases after the permanent load was applied in
September 2012. The first maximum deflection is
reached by all full-scale specimens in the winter of
2012/2013 due to a high relative humidity and low
temperatures. In the following spring, the deflection
decreases to 90 % of the first maximum because of rising
temperatures and a decreasing relative humidity. From
April to August 2013, the deflections remain on a nearly
constant level. In the winter of 2013/2014, the same
phenomenon as in the winter of 2012/2013 is observed:
The deflections increase due to decreasing temperatures
and a rising relative humidity. The maximum deflection
in the winter of 2013/2014 is slightly higher than the
maximum in the year before.
Only specimen E 2.1 shows an exceptional long-term
behavior. Here, the deflection deviates from the other
deflections due to an initial delamination at the interface
of the glue line between timber and concrete.
Presumably too much epoxy adhesive was pressed out of
the glue line during the fabrication of the specimen,
which caused the delamination. After connecting the
wooden flange and the concrete slab with a threaded rod
in February 2014, no more irregularities were observed.
The long-term behavior of the adhesive-bonded timberconcrete composite specimens is characterized by the
temperature elongation and the viscoelastic behavior of
the wood, the concrete and the adhesive as well as the
moisture-related behavior of the wood. Due to the
viscoelastic material behavior continuously increasing,
deflections under permanent loads can be observed.
Additional deflections occur because moisture is
absorbed by the wood during phases of high relative
humidity, which causes swelling of the wood.
The thermal coefficient of high-performance concrete is
higher than the thermal coefficient of wood, which, in
the case of rising temperatures, results in a higher
thermal expansion of the concrete compared to the
wood. Thus, the deflections decrease. This behavior is
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4 APPLICATION OF THE NUMERICAL
MODEL FOR STRUCTURAL DESIGN

The comparison of experimental results in terms of
deflection and moisture content under changing
hygrothermal conditions to numerical results prove that
the numerical model presented allows a realistic
prediction of the long-term behavior of adhesive-bonded
timber-concrete composite elements.

The numerical model presented in section 2 was applied
for the simulation of the wood moisture development in
shear specimens under constant artificial climatic
conditions (see section 4.1) and the simulation of the
wood moisture development in a timber-concrete
composite bridge (see section 4.2) under natural climatic
conditions.
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20
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10

Rel. humidity [%]

Temperature [C°]

emphasized by the fact that the wood is shrinking at the
same time due to a sinking relative humidity.

0

0
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-20
Temperatur
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Rel. humidity

a)

Deflection [cm]

1,4
1,2
1,0
0,8

Durchbiegung
Measurement E 1.1
Measurement E 1.2
Durchbiegung

Time

An investigation of the influence of high wood moisture
on the adhesive bond between concrete and wood is
intended in prospective experiments. Consequently,
shear specimens (Figure 9) will be kept in a climatic
chamber under constant climatic conditions. The
climatic conditions during the storage time are chosen in
a way that climatic peak loads on a timber-concrete
composite bridge with respect to temperature and
relative humidity are reproduced in an accelerated test.
Timber-concrete composite bridges belong to service
class 2. The latter is defined by a maximum wood
moisture of u ≤ 20 % and a maximum relative humidity
of RH ≤ 85 %, according to EN 1995-1 [15]. Numerical
simulations were conducted with the finite element
software ABAQUS [5] to determine the proper
temperature and relative humidity for the accelerated
experimental investigations.
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4.1 SIMULATION OF SHEAR SPECIMENS
UNDER CONSTANT CLIMATIC
CONDITIONS

Simulation
E 1.1
Calculation
E 1.1
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E 1.2
Calculation
E 1.2

b)
Deflection [cm]

1,4
1,2

Figure 9: Geometry of a shear specimen
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Mar-14

Dec-13
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Mar-13

Dec-12

0,4

Sep-12

0,6

Time
Durchbiegung EE 2.1
Measurement
2.1
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Durchbiegung E 2.2

Simulation E 2.1
Calculation E 1.1
Simulation
E 2.2
Calculation
E 1.2

c)
Figure 8: a) Air temperature and relative humidity, b)
measured and calculated deflection of full-scale specimens
E 1.1 and E 1.2 and c) measured and calculated deflection of
full-scale specimens E 2.1 and E 2.2

Therefore, a shear specimen was modeled numerically
with the material models presented in section 2.1, and
the moisture transport processes for wood presented in
section 2.2. According to Eisenhut [2], the moisture
transport in wood under artificial climatic conditions can
be numerically described with the coefficients of
diffusion documented in Table 4.
Eisenhut [2] proposes the coefficient S3 (displayed in
Table 1) for the surface emissivity coefficient for
artificial climatic conditions. The equilibrium moisture
content of the wood uair is calculated with Equation (5).
Data regarding the temperature and the relative humidity
are necessary for the calculation of uair. As shown in
Figure 10 a), these data were applied onto the surface of
the wooden part of the shear specimen (highlighted in
blue) in the simulation with the subroutine DFLUX.
Different combinations of constant temperature and
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Table 4: Coefficients of diffusion

Wood Moisture
[%]
0.0
5.0
5.5
7.0
8.5
9.0
13.5
18.0
23.0
28.0

Coefficients of Diffusion

DL [14]
[m²/s]
5.56 ∙ 10-10
3.10 ∙ 10-9
3.30 ∙ 10-9
3.50 ∙ 10-9
3.60 ∙ 10-9
3.50 ∙ 10-9
2.70 ∙ 10-9
1.90 ∙ 10-9
1.30 ∙ 10-9
9.00 ∙ 10-10

DR,T [4]
[m²/s]
2.40 ∙ 10-10
2.93 ∙ 10-10
2.99 ∙ 10-10
3.18 ∙ 10-10
3.37 ∙ 10-10
3.44 ∙ 10-10
4.12 ∙ 10-10
4.93 ∙ 10-10
6.02 ∙ 10-10
7.36 ∙ 10-10

The data to determine the average wood moisture
development at the interface of the glue line were
extracted at the nodes highlighted in red in Figure 10 b).
The results for different constant climatic conditions
over a time period of six months are shown in Figure 11
as mean values calculated out of single values along the
dotted line.

0,28
Wood Moisture [-]

constant relative humidity were investigated over a
simulation period of six months.

0,24
0,20
0,16
0,12
0,08
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°C / 90%
90 %
20°C

5

6

40°C
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%
10
°C // 100
%
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Figure 11: Development of the average wood moisture at the
interface to the glue line under different constant climatic
conditions

Closer investigations for a relative humidity of 90 % in
combination with different temperatures were conducted
to determine the proper temperature. The results are
shown in Figure 12. It is obvious that the influence of
varying temperatures between 5 and 20 °C is very small.
The equilibrium moisture content calculated varies
between uair = 0.201 for 20 °C and uair = 0.204 for 5 °C.
At a temperature of 5 °C, the equilibrium wood moisture
content uair is reached after approximately 23 days,
whereas 27 days at a temperature of 20 °C are needed to
reach the maximum wood moisture content.

Wood Moisture [-]

0,210

a)

b)

Figure 10: Numerical model of the shear specimen: a) climatic
conditions applied via DFLUX and b) nodes to determine
average wood moisture development

The equilibrium moisture content uair for all
combinations of temperature and relative humidity
calculated is reached after approximately half a month.
The value of the equilibrium moisture content depends
highly on the climatic conditions applied onto the wood
surface. The equilibrium moisture content decreases with
rising temperatures. The equilibrium moisture content
also increases in association with an increasing relative
humidity. Thus, the relative humidity in the climatic
chamber for the experimental investigations is chosen to
be as high as possible. It is only restricted by the
capability of the climatic chamber to produce a relative
humidity of 90 % at a maximum over a long time.
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0,180
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2
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Figure 12: Development of the average wood moisture at the
interface to the glue line for RH = 90 % and different
temperatures

4.2 SIMULATION OF CLIMATIC IMPACT ON
TIMBER-CONCRETE COMPOSITE
BRIDGES
The numerical model presented in section 2 was also
used to predict the wood moisture development in a
timber-concrete composite bridge due to natural climatic
conditions. These calculations aimed for a realistic
assessment of moisture impact towards the epoxy
adhesive and, in this context, to link moisture conditions
within shear specimens (section 4.1) to a realistic full
scale situation.
The cross-section of a typical timber-concrete composite
bridge is displayed in Figure 13 a). The symmetry of the
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cross-section was used and only one half of the crosssection with the length of 1.0 m was modelled, as
documented in Figure 13 b), to reduce the calculation
time. In addition, only the block-laminated timber crosssection was modeled. The concrete slab and the glue-line
were neglected because they influence the wood
moisture development in the timber cross-section only to
an insignificant level. Thus, the calculation time could be
further reduced.
a)
0,20
Wood Moisture [-]

Similar to the numerical model of the shear specimen,
the material model of the timber presented in section
2.1.1 was used to describe the material behavior of the
block-laminated timber cross-section.

0,19
0,18
0,17
0,16
0,15
0,14
0,13
0,12

a)

0

10

20
30
Time [a]

40

50

b)
Figure 14: Numerical calculation of the wood moisture
development: a) nodes to determine average wood moisture, b)
development of the average wood moisture at the interface of
the glue line

b)
Figure 13: a) Cross-section of the timber-concrete composite
bridge, b) numerical model of the block-laminated timber
cross-section

The coefficients of diffusion parallel DL and radially and
tangentially DR,T to grain were used to calculate the
moisture transport processes in the wood, as documented
in Table 4. According to Eisenhut [2], the surface
emissivity coefficient S2 displayed in Table 1 was used
for natural climatic conditions.
The equilibrium moisture content uair was calculated
according to Equation (5). Therefore, the data of the
temperature and the relative humidity recorded during
the full-scale experiments (see Figure 8 a) were written
into the subroutine DFLUX. The data measured over a
time period of two years were repeated 25 times to
simulate natural climatic conditions for a bridge over 50
years. The temperature and relative humidity were
applied on the surfaces of the timber cross-section,
which are exposed to natural climatic conditions in
reality. These surfaces are highlighted in blue in Figure
13. Following the proposal of Eisenhut [2], the
equilibrium moisture content uair was restricted to 20 %
because only wood moisture contents below 20 % were
measured in the experimental investigations under
natural climatic conditions.

The numerical model to determine the distribution of the
wood moisture over the cross-section is shown in Figure
14 a). Wood moisture was calculated as an average value
from single values taken at the nodes at the interface of
the glue line, highlighted in red in Figure 14 a). The
development of the average wood moisture at the
interface of the glue line over a time period of 50 years is
documented in Figure 14 b). In the first ten years, the
wood moisture content rises continuously, although
changes due to seasonally changing temperatures and
relative humidity are clearly recognizable. After ten
years, the wood moisture at the interface of the glue line
increases, and decreases only because of seasonal
climatic changes. The equilibrium moisture content uair
varies seasonally between 16.2 and 18.8 %.
Although the relative humidity applied to the numerical
model of the timber cross-section often exceeds the
decisive limit of RH = 85 % for service class 2, the
maximum wood moisture of u = 20 % is never reached.
Thus, the wood moisture contents 18 % ≤ u ≤ 20 % are
determined as a threshold for climatic peak loads.
According to the numerical calculations, the wood
moisture of u = 18 % is exceeded in a period of 50 years
on 4,870 days (4,870 days ≈ 13.3 years).
The results of the numerical calculations depict that with
a temperature of T = 5 °C and a relative humidity of
RH = 90 %, the total moisture content which will appear
at the bonding zone of a real timber-concrete composite
constructions over a period of 14 years can be resembled
within six months if small shear specimens are used.
When shear specimens are stored in the climatic
chamber for six months under the same relative humidity
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RH = 90 % and a temperature of T = 20 °C, climatic
peak loads over a period of 12 years can be resembled.

5 CONCLUSIONS
Wood, concrete and epoxy adhesives have different
hygrothermal properties. This causes internal stresses
when components are bonded together and temperature
and moisture are changing. The long-term behavior is
also influenced by the shrinking of the concrete.
Swelling and shrinking of wood is a result of moisture
exchange with the surrounding climate. The difference in
the rheological behavior of the materials leads to an
interaction according to creep effects. Furthermore,
degradations effects on epoxy due to a combination of
moisture and alkalinity impact are known.
The first two phenomena can be numerically described
with the material models and the model for moisture
transportation processes in wood presented. The
numerical models were validated with data from
experimental long-term investigations on four full-scale
timber-concrete composite specimens. The validation
proved that the numerical calculations were in good
accordance with the experimental data. Thus, the wood
moisture development in shear specimens under constant
climatic conditions was numerically calculated to define
the moisture condition for time-lapse tests on
degradation effects. Preliminary calculations aimed for a
prediction of the wood moisture content at the interface
of the glue line of a timber-concrete composite bridge
due to natural climatic conditions for a time period of 50
years.
The numerical calculations of the shear specimen and the
cross-section of the timber-concrete composite bridge
showed that the moisture volume acting towards the glue
line of a timber-concrete composite bridge can be
reproduced with an accelerated test in the climatic
chamber.
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SIMULATING THE BEHAVIOUR OF HISTORICAL VALUABLE TIMBER
STRUCTURES: A CASE STUDY ON WOODEN MILLS
Sebastian Ablorh1*, Jan Van den Bulcke2, Erik Botter2, Joris Van Acker2, David
Garoz1, Wim Van Paepegem1
ABSTRACT: There is a current code of practice to maintain as much as historical valuable timber as possible whilst
ensuring both human safety as well as structural integrity. A wooden post mill – constructed using Quercus robur or
Quercus petraea wood - is an example of a structure that should remain safe and functional with minimal loss of
valuable fabric.
This study focuses on creating a computational tool to model deterioration in the structure of a post mill and assess the
replacement of elements, thus preventing unnecessary loss of valuable timber. The post is determined to be the critical
structural element, both due to its structural and financial importance. The zone at the saddle experiences high stresses
and failure is likely to occur here.
Deterioration was modelled in the outer ring of the post. The width of the degraded ring and the degree of residual
strength were investigated. The stability was determined for a mill both in and out of service, and for both average and
Eurocode strength values. All cases were able to tolerate a certain amount of deterioration. The Abaqus model proved
useful, provided that adequate input is given.
KEYWORDS: Post mill, Oak wood, Deterioration, Restoration, Abaqus, Finite Elements

1 INTRODUCTION 123
There is an increasing interest in the conservation of
historical timber structures, but the limited available
knowledge on their structural behaviour and lack of
design codes necessitates in-depth research. Typically,
modern standards are used, leading to a conflict between
safety standards and conservation.
A wooden post mill, of which many are classified
monuments and important landmarks along several walk
and cycle routes in Flanders (Belgium), is an exquisite
example of such a valuable structure requiring proper
knowledge to balance restoration and conservation.
Therefore, this structure was used as case study for
investigating the structural behavior of valuable timber
structures.
The goal of this study was to create a computational tool
to simulate the distribution of forces, locate the critical
1
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points in the post mill structure and eventually model
structures with wood deterioration to formalize decisions
on the replacement of elements.
Based on literature data, a finite element model was
developed for testing with the software package Abaqus.
The model was created using a Python script as input
file. Therefore, this model can be easy modified to
simulate differences in geometry of other mills or
deterioration by changing a set of pre-defined
parameters.
First the post mill structure and the loads are described.
Secondly, the analytical approach is presented. Then the
finite element model and results are discussed. And
finally, the deterioration of the post mill is studied.

2 THE POST MILL
2.1 STRUCTURE OF A POST MILL
The post mill consists of a stationary and moving part.
The trestle and mill body (buck) form the stationary part,
whereas the sail stock is considered moving (Figure 1).
The trestle -which provides the structure's stability- is an
upright post (6.5 m high, diameter 60 cm) with eight
diagonal legs, called quarter bars. The latter provide
horizontal and vertical support at the saddle, located
halfway the post, and transfer the forces to the four block
foundations (piers). The perpendicularity of the post is
1
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ensured by cross trees, laying on the piers and preventing
lateral movement of the post at the bottom. The mill
body is supported on and revolves around the post,
enabling the mill to be turned to face the wind. The sail
stock consists of 4 sails and a windshaft that is connected
to mill stones in the attic of the buck.

Figure 2: From left to right: full, three-quarter, half and onequarter sails [4]

Figure 1: Exterior and interior view of a post mill (A-Trestle;
B-Buck; C-Sail stock) [1, 2]

The high strength and toughness characteristics of oak
led to an almost exclusive use of oak in post mills. The
oak species indigenous to Belgium and thus used to
construct the mills are pedunculate (Quercus robur) and
sessile oak (Quercus petraea).
2.2 LOADS ON A POST MILL
A post mill is subjected to vertical and horizontal loads.
Vertically, the weight of the structure (mill buck, wind
shaft and post) is considered. Horizontally, the wind, on
buck and sail stock, is acting on the structure. The
weight of the buck with sail stock weighs approximately
35 tons [3], whereas the post weighs approximately 2
tons. The wind load is calculated according to Eurocode
NBN-EN 1991-1-4. Several wind load cases are
distinguished based on the wind speed and
corresponding covering of the sails, see Table 1 and
Figure 2.
Table 1: Wind load cases (Note: the basic wind speed is the
upper value of the Beaufort class)

Beaufort
class
<4
5
6
7
>8

Wind speed
[km/h]
0-29
30-38
39-49
50-61
>61

Sail
Basic speed
covering
[m/s]
Full
8.1
Three-quarter
10.6
Half
13.6
One-quarter
16.9
None
26

The most critical case, one-quarter covered sails, is
determined to have a total characteristic wind load, on
the buck and sails combined, of 51.4 kN (Table 2).
The vertical load is transferred from the post to the
quarter bars and finally to the piers. Horizontally, the
quarter bars and the cross trees ensure the stability.
Table 2: Characteristic horizontal and vertical component of
the wind load

Wind load
Horizontal
component
[kN]
Vertical
component
[kN]

Full
sail
s

Threequarter

Half

Onequarter

No
sails

21
.0

33.4

43.4

51.4

48.0

2.
9

4.5

5.3

5.5

0.0

3 ANALYTICAL APPROACH
Simplifying the aforementioned situation, the post can be
considered a beam with two supports (cross trees and
saddle), cantilevering one support (saddle), with the
vertical and horizontal load concentrated at the end of
the cantilever (Figure 3). The compressive and bending
stresses, reaction forces and deflections are determined
with classical beam theory. This allows to locate the
critical points and will serve as a verification of the
Abaqus model. Values for the strength and stiffness
parameters, parallel and perpendicular to the grain
direction of the oak are found in class D30, European
Oak, according to Eurocode [5].
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σcompression

1.73

1.74

1.75

1.75

1.72

[MPa]
3.1.2 Horizontal
The maximum moment (M) at the saddle due to the
horizontal load (P) is calculated according to:
(1)
Figure 3: Simplification of the post as a cantilever beam [6]

3.1 RESULTS AND VERIFICATION
The highest bending stresses, due to the horizontal load
and geometrical non-linearity, are located at the saddle.
The compressive stresses, due to the vertical load, are
significantly lower. The horizontal and vertical design
loads are shown in Table 3.

Horizonta
l

Three-

sails

31.5

One-

No

quarte

quarte

sails

r sails

r

50.1

Half

65.1

77.1

Table 5: Reaction forces, bending stresses and compressive
stresses

Sail

Table 3: Horizontal and vertical design loads
Full

The resulting bending stress can be obtained by dividing
the bending moment by the section modulus at the
saddle, Wsaddle.
The results for all wind load cases can be found in Table
5.

1

3/4

1/2

1/4

covering
Rcross trees

31.5

50.1

65.1

77.1

72.0

63.0

100.3

130.

154.1

144.

[kN]
72.0

Rsaddle,H [kN]

design

2

load [kN]

Rsaddle,V [kN]

Vertical

490.

design

2

492.6

493.

494.1

9

0

485.
9

load [kN]

490.

492.6

2
σbending-

493.

0
494.1

9

485.
9

0.2

0.3

0.3

0.4

0.4

4.8

7.6

10.0

11.8

11.0

5.0

7.9

10.3

12.2

11.4

1.73

1.74

1.75

1.75

1.72

NON LINEAR

[MPa]

3.1.1 Vertical
The quarter bars take the entire vertical load, which is
simplified by a vertical reaction force at the saddle. The
resulting compressive stress in the upper part of the post
is obtained by dividing the load by the cross-sectional
area at the saddle, Asaddle4, (Table 4).
Table 4: Vertical reaction force and compressive stress

Full

Three-

sails

quarter

Half

σbendingLINEAR

[MPa]
σbending,TOTAL
[MPa]

One-

No

σcompression

quarter

sails

[MPa]

494.1

485.9

sails
Rsaddle,V

490.2

492.6

493.9

[kN]

4

The diameter at the saddle is 60 cm, resulting in an Asaddle of
.

Not only the highest bending stresses occur at the saddle,
it also withstands a high horizontal reaction force, up to
154 kN. This is double the reaction force at the cross
trees, which is 77 kN at the most. The bending is clearly
the dominating factor in the stress generation, being a
factor 3 to 7 larger than the compressive stresses. The
total bending stress includes the stress caused by bending
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due to the horizontal force and the additional bending
due to non-linearity. The latter is created when the
horizontal force causes a lateral deflection at the top of
the post. The vertical force is now acting with a certain
eccentricity, causing the additional bending moment.
3.1.3 Verification of the post
The tension, bending and compression strength of timber
are not equal, so unity checks are developed giving the
summation of the ratios between the different stress and
strength values. When the summation exceeds 1.0 it is
assumed that the material fails.
Equation (1) from Eurocode EN 1995-1-1:2004 is used
to verify the results:

(Figure 4) and interact by means of normal and
transverse (friction) contact (Figure 5); the cross trees
are not modelled explicitly, but their connections with
the quarter bars and post are approximated by fixed
boundary conditions (Figure 6 and Figure 7).
Engineering constants are used to assign moduli of
elasticity and Poisson's ratios in the longitudinal, radial
and transversal direction, thus approximating the
orthotropic nature of wood.

(2)

where c,0,d= compressive stress parallel to grain
direction, m,0,d,y/z= bending stress parallel to grain
direction fc,0,d = compressive strength parallel to grain
direction, fm,0,d = bending strength parallel to grain
direction, F = vertical load, w0 and v0 = initial
deflections, ny/z are the ratio between vertical load and
Euler bucking load, and Wy/z are the section modulus.
The results of the unity checks are shown in Table 6.
Table 6: Unity checks for all cases

Full

Three-

sails

quarter

Half

One-

No

quarter

sails

4.1.1 Interaction and boundary conditions

sails
Unity

0.32

0.43

Figure 4: Abaqus model

0.53

0.60

0.55

check
[-]
Even in the heaviest loaded case (one-quarter covered
sails), a value of only 0.60 is reached for the unity check.
Post mills are clearly highly overdimensioned structures,
which explains why they can last for centuries when
properly maintained.

4 FINITE ELEMENT ANALYSIS
(ABAQUS)
4.1 THE ABAQUS MODEL
The trestle's stability is analysed in the linear elastic
domain with the finite element software package
Abaqus. The geometry and the material properties are
approximated as detailed as possible to obtain accurate
results. The post, saddle and quarter bars are modelled
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Figure 5: Interaction: post-inner quarter bar at the notches
(A); post-saddle at the dovetails (B); saddle-outer quarter bar
(C)

The toes of the quarter bars are embedded in the cross
trees, thus movement parallel and perpendicular to the
beam is prevented. The toes of the quarter bars are
therefore restricted in all translational directions.

The loads were determined during the analytical
calculations.
The
material
characteristics
are
implemented using engineering constants.
Table 7: Input loads in the model

Load

Force [kN]

Pressure [MPa]

Dead

463.5

2.0

Wind Horizontal

77.1

0.9

Wind Vertical

8.2

0.03

Table 8: Poisson’s ratios [7]

Specie
s
Sessile
Oak

0.43

0.55

0.50

0.48

0.07

0.05

4

0

5

5

7

9

Figure 6: Boundary condition: toes quarter bars (top = in
Abaqus model; bottom = in scale model)

At the bottom of the post, the heels hang over the cross
trees as a steady. Cross trees ensure the perpendicularity
of the post and cross tree keys are positioned in such a
way to secure close contact between the cross trees and
the post heels. The keys transfer a force parallel to the
cross tree, which is stiff in the longitudinal direction.
Consequently, the longitudinal strain will be negligible
and thus the translation at the contact surface of the keys
is fixed (Figure 7).

Table 9: Eurocode E-moduli and shear moduli for Sessile Oak

(MPa)
9200.00
1632.26
986.91
425.51
1638.12
1276.64

Figure 7: Boundary conditions: bottom of the post

4.1.2 Model input
The computational tool is scripted in Python, allowing
the modification of the input parameters. The forces
acting on the model and the material characteristics of
the construction subjected to the forces are defined by
the predefined parameters.

A cylindrical coordinate system is used in Abaqus,
where the radial, transversal and longitudinal direction
are represented by the 1, 2 and 3 direction respectively.
Figure 8 shows the relation between the strains and
stresses in an orthotropic material, where εij are the
strains, σij are the stresses, νij are Poisson's ratios, Ei are
the elastic moduli and Gij are the shear moduli.
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Figure 8: Strain-stress relationship [8]

4.1.3 Mesh
The stresses in the model are calculated by dividing the
parts in smaller elements and calculating the stress in the
integration points of the elements. To cope with the
complex geometry at the dovetails and notches,
quadratic tetrahedron 10 node elements (C3D10) are
used (Figure 9.

are a source of stress concentrations. The same applies to
the compressive stresses. The peak stresses are further
investigated in a submodel (Figure 11), which allows a
refinement of the mesh in the critical zone without
drastically increasing the computational time. The
extreme stresses were determined to be caused by
numerical singularities, therefore, the stresses in the
Circle At the Saddle (CAS) are used for the verification
with Equation (1). This is a circle of 60 cm in diameter,
at the transition of the post (Figure 11) which is
theoretically the most critical cross-section. The CAS is
less influenced by the peak stresses and distorted
elements and thus expected to give more accurate
results.

Figure 9: Quadratic tetrahedron element [9]
Figure 11: Submodel (left); Circle At Saddle (right, indicated
in red)

4.2 RESULTS AND VERIFICATION
The Abaqus model confirms the high bending stresses at
the saddle as can be seen in Figure 10.

The values for the compression due to the vertical load
and the combined load were already stated
to be 2.5 MPa and 17 MPa, respectively, leading to a
compressive bending stress of 14.5 MPa. Using
the unity check formula (Equation 2), the stability is
verified. The formula yields a value of 0.73, which is
larger than the 0.60 determined analytically, but still
lower than the failure value 1.

5 DETERIORATION

Figure 10: Compression and tensile zone in post: entire post
(left); cross-section at CAS (right)

However, the bending stresses are higher than those
calculated analytically. This difference can be explained
by the complex geometry at this zone. The cross-section
changes from polygonal (bottom) to circular (top). In
addition, dovetail connections on the post keep the
saddle in place, creating large recesses in the post, which

The influence of deterioration on the stability is
investigated in this section. Therefore, determining the
amount of deterioration, makes it possible to assess the
functionality of a post mill and assist in the restoration
assessment of post mills.
The influence of deterioration on the stability is
investigated according to Eurocode 5 design strength
values for the worst wind load case, which is the
situation with one-quarter covered sails. A deteriorated
post is often no longer used for milling and stripped from
its sails, hence the wind load case without sails should be
considered as well.
Deterioration is commonly detected using a resistograph.
The amount of resistance a drilling needle experiences is
a measure of the residual strength of the deteriorated
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zone and the resistance in function of the actual depth of
the drilling is its output (Figure 12).

should be considered as well to assess the functionality
of a mill.
Table 10: Average E-moduli for Sessile Oak [10, 11]

Density

710

kg/m³

EL

11000

kN/mm²

fm,k

95

N/mm²

fc;0;k

50

N/mm²

Figure 12: Resistograph measurement output of the Steenakker
mill post

Deteriorated regions of the post were simulated by
assigning lower values for the elastic moduli to those
zones and the strength limits were reduced accordingly
as well. An outer ring is assumed to be degraded,
simulating deterioration initiated by the sapwood, which
is susceptible to fungal decay and insect attack. The
width of the degraded ring and the degree of residual
strength were investigated. Because the deterioration
occurs in the critical zone around the saddle, two
different cases are studied. In the first case the
deterioration occurs from the transition to the notches of
the inner quarter bars (Figure 13 left), and in the second
case from the transition to the bottom of the dovetails
(Figure 13 right).

Figure 13: (left) Deterioration from transition to notches;
(right) deterioration from transition to bottom dovetails.

5.1 Deterioration to notches
As a case study, the mill of Steenakker is considered.
This mill –which was stripped from its sails - had a
deteriorated post, with a degraded outer ring of 12 cm
without residual strength from the transition to the
notches. In this case, the post fails immediately
according to the Eurocode 5 design strength values.
Therefore, average strength limit values (Table 10),
which are significantly higher than the design values, are
used for a more realistic verification. Thus, the post
remains stable to a deterioration width of 16 cm. The
deflection at the top of the post with this degree of
deterioration is 15 cm, indicating that the serviceability

Using the finite element model, the stability is studied
for different amount of deterioration and residual
strength. The results are shown in the Tables 11-14
where F means failure at CAS and FN means failure
located at the notches; both failures leads to a non-stable
structure; SC means stable core with failure on the
deteriorated ring but intact core; and S means stable
structure without failure at all.
For all other cases a certain amount of deterioration, 5 to
7 cm (Table 12, 13 and 14), was possible without failure,
depending on the residual strength. For residual strengths
higher than 80%, failure does not occur.
In the case of no sails and deterioration to notched, a
deteriorated ring without residual strength immediately
leads to failure at the notches. Higher residual strengths,
up to 70%, can tolerate widths up to 6 cm. Residual
strengths of 80 and 90% do not lead to failure of the post
(Table 11). In other words, if a post starts deteriorating at
the outer ring, initial degradation (residual strengths 8090%) will not affect the stability. If the deterioration
degrades the outer ring up to a residual strength of 70%,
the post can tolerate a deterioration width of 6 cm. Any
further increase of the deterioration width leads to
failure.
In the case of quarter-covered sails, a deteriorated ring
without residual strength will immediately lead to failure
at the notches (Table 12). Higher residual strengths, up
to 70%, can tolerate widths up to 5 cm, which is one
centimetre less than in the wind load case without sails.
Residual strengths of 80 and 90% will not lead to failure
of the post in this case either.
Table 11: Deterioration to notches –no sails

Det.
width
[cm]
2
6

0

Residual strength [%]
10-70
80
90

FN

SC

S

S

FN

SC

S

S
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7

FN

F

S

S

5

SC

SC

S

S

30

FN

F

S

S

6

F

F

S

S

30

F

F

S

S

Table 12: Deterioration to notches – one-quarter covered sails

Det.

Residual strength [%]
10-70
80
90

0

width
[cm]
2

FN

SC

S

S

5

FN

SC

S

S

6

FN

F

S

S

30

FN

F

S

S

5.2 Deterioration to bottom dovetails
When loaded according to the wind load case without
sails, the tolerated width is 6 cm, except for a residual
strength of 70%, which is still safe with a deterioration
width of 7 cm (Table 13). In the wind load case of
quarter covered sails, a post with a degraded outer ring
with residual strengths of 70% and lower, can tolerate
deterioration widths up to 5 cm (Table 14). For both
wind load cases, the post is stable when the residual
strength exceeds 80%.
Table 13: Deterioration to bottom dovetails– no sails

0

90

SC

SC

SC

S

S

6

SC

SC

SC

S

S

7

F

F

SC

S

S

8

F

F

F

S

S

30

F

F

F

S

S

width
[cm]
2

The goal of this work was to create a tool to assist in the
assessment of deteriorated structural timber elements in
a post mill, using the finite element software package
Abaqus. The post of the mill is considered the most
important element of the structure due to its structural
and financial importance.
Provided availability of adequate and correct input data
on the strength and stiffness of the timber elements, this
FEM tool can be helpful when assessing restoration
cases. Both the analytical calculation and finite element
model, indicate a critical zone around the saddle, as such
confirming the importance of proper monitoring of that
region.
The investigation of the deterioration has shown that the
detection of degraded timber elements does not always
require the replacement of the element. The
serviceability should however be kept in mind to ensure
the functionality of the post mill.
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Field Testing and Structural Analysis of Burr Arch Covered Bridges
in Pennsylvania
Douglas Rammer1, James Wacker2, Travis Hosteng3, Justin Dahlberg4 and
Yaohua Deng5
ABSTRACT: The Federal Highway Administration sponsored a comprehensive research program on Historic Covered
Timber Bridges in the USA. This national program's main purpose is to develop improved methods to preserve,
rehabilitate, and restore timber bridge trusses that were developed during the early 1800s and, in many cases, are still in
service today. One of the many ongoing research studies is aimed at establishing a procedure for safely and reliably loadrating historic covered bridges though physical testing and improved structural modelling. This paper focuses on recent
field work and analysis of four Burr Arch through-truss-type covered bridges located in Lancaster County, Pennsylvania.
An overview of field evaluation methods, loading testing, and structural modelling procedures are included along with a
comparison of field measurements and structural model prediction of bridge behaviour.
KEYWORDS: loading rating, structural analysis, covered bridges, historical landmark, burr arch

1 INTRODUCTION 1 23
The Federal Highway Administration (FHWA), in
partnership with the USDA Forest Products Laboratory
and the National Park Service (NPS), sponsored a
comprehensive national research program on Historic
Covered Timber Bridges in the USA. The main purpose
is to develop improved methods to preserve, rehabilitate,
and restore timber bridge trusses that were first developed
during the early 1800s and, in many cases, are still in
service today. The overall goal of the National Historic
Covered Bridge Preservation Program (NHCBPP) is to
preserve these iconic bridge structures for future
generations [1,2]. Two areas of improvement to ensure
the preservation of these covered bridges are focused on
load rating and structural modelling.
Given their age and complex behavior, covered timber
bridges are often assigned relatively low ratings. It is also
widely known that when tested, most bridges are found to
possess structural characteristics that supersede those
assumed for the assigned ratings that were determined
using prudent engineering judgment. In general, these
behaviors result from additional, unaccounted for
stiffness
and
unaccounted
load
distribution
characteristics.
Although testing procedures have been established for
conventional bridges, no such procedures have been
1
Douglas Rammer, USDA Forest Products Laboratory, USA,
drammer@fs.fed.us
2
James Wacker, USDA Forest Products Laboratory, USA,
jwacker@fs.fed.us, j.cascati@test.cl
3
Travis Hosteng, Iowa State University, Bridge Engineering
Center, USA, kickhos@iastate.edu

established for historic covered bridges. Given the
historic nature and unusual geometric features of these
structures, a procedure needs to be established detailing
how to safely and reliably determine load ratings for
historic covered timber bridges through physical testing.
Similarly, the complex behavior and unique details of
covered bridges make structural modeling a daunting task
for the typical bridge engineer. Simple, static analysis of
trusses is frequently used to analyze covered bridges,
ignoring the fact that they behave more like frames than
as trusses; both axial and bending forces are carried in
their members and across joints. As such, over-simplified
and inaccurate analyses are often performed;
consequently, overly conservative safety factors are
applied to account for known inaccuracies. This
frequently leads to the conclusion that a historic covered
bridge is inadequate to carry the required design load or
to
the
use
of
inappropriate
rehabilitation
recommendations.
To improve load rating and structural modelling, four
Burr Arch through-truss type bridges located in Lancaster
County, Pennsylvania, were live load tested and
subsequently structurally analyzed. The paper highlights
this work and compares field results with structural model
predictions. These results will provide the basis, along
with several other types of covered bridge analyses, for

4
Justin Dahlberg, Charles Saul Engineering, (formerly Iowa
State University, Bridge Engineering Center) USA,
3
Yaohua Deng, Iowa State University, Bridge Engineering
Center, USA, jimdeng@iastate.edu
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the development of a new load rating methodology for
covered bridges utilizing physical testing.

2 BACKGROUND
2.1 Covered Bridges in the United States
The majority of U.S. covered bridges were constructed in
the mid-1800s, but with the development of iron, steel,
and concrete structural system, the number of new
covered bridges in the United States decreased.
Additionally, the development and use of wood
preservative in the early 1900s reduced the need for
covering the wooden superstructure to extend its service
life, further reducing new covered bridge construction.
As covered bridges in the United States have been
replaced with more conventional “uncovered” bridge
types, the appreciation of the covered bridge has
increased. Covered bridges have a rich history, and
where these structures reside, proud communities invest
both time and emotional effort to maintain and preserve
them. In some instances, because of this heritage and love
for covered bridges, some modern covered bridges are
built. In 2009, the Smolen-Gulf Covered Bridge was built
on CR 25 near Ashtabula, Ohio. This modified Pratt
Truss spans 187 m with four 45.7-m sections across a river
valley. But construction of these modern covered bridges
is infrequent and the need to maintain the existing stock is
great.
Covered bridges can be grouped into several truss-types
(Figure 1), but typically each bridge is unique because of
construction details, and this presents challenges to
assessing their performance [3].

Kingpost

Multiple King

Queen Post

Town Lattice

As of 2005, the U.S. Department of Transportation
Federal Highway Administration documented the types
and numbers of covered bridges in the United States.
Table 1 list the top five types of covered bridges and the
number that existed of each type. Since 2005, news
reports indicate that the United States has lost some of
these iconic structures. This research efforts has been to
maximize and document our understanding of the five
types of covered bridge listed in Table 1. We hope that
the loading rating and analysis techniques developed in
this effort can be transferred to the additional types not
listed in the table but also found within the United States.
Table 1: Number of surviving bridges in the United States as of
2005 [3].

Bridge Type
Burr Arch
Howe Truss
Town Lattice
Queen Post
Multiple King Post

No. of
Surviving
224
143
135
101
95

2.2 COVERED BRIDGES FIELD TESTED IN
THE UNITED STATES
Over the past several years, the USDA Forest Service
Forest Products Laboratory and Iowa State Bridge
Engineering Center have travelled to various regions of
the United States to gather detail structural information
and wood material properties and to conduct in-field load
tests on Burr Arch, Queen Post, and Howe Truss covered
bridge timber-truss types [4,5,6,7].
During October 2010, three covered timber bridges
consisting of Burr Arch trusses were evaluated and tested
in the state of Indiana (Table 2). These bridges were
double-arch Burr Arch bridges, and are all located in
Parke County, which maintains more than 30 historic
covered bridges within their roadway network. These
single-lane bridge structures are currently restricted to
lower weight vehicle loads but still provide vital
transportation links to rural communities in the western
part of the state. Approximately 93 covered bridges exist
within Indiana.
Table 2: Burr-Arch bridges tested in the State of Indiana

Long Truss

Howe Truss

Burr Arch
Figure 1: General schematics of main types of surviving
Covered Bridges (adapted from [3])

Name
Portland Mills
Cox Ford
Zacke Cox

Year Built
1856
1913
1908

Length (m)
68.3
43.5
41.1

During May 2011, four covered bridges consisting of
Queen Post trusses were evaluated in the State of Vermont
(Table 3). Two structures were evaluated in Washington
and Orange Counties. Two of the bridges are located in
town with the other two in rural settings. Approximately
100 covered bridges have survived in the relatively small
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State of Vermont, which represents the highest
concentration of historic covered bridges in the USA.
Table 3: Queen Post bridges tested in the State of Vermont

Name
Warren
Flint
Moxley
Slaughterhouse

Year Built
1879
1845
1883
1872

Length (m)
17.7
27.1
18.6
20.1

Finally, in the spring of 2012 a set of Howe truss bridges,
were investigated (Table 4).
Table 4: Howe Truss bridges tested in the State of Indiana

Name
James
Dick Huffman
Scipio
Rob Roy

Year Built
1887
1880
1886
1860

Length (m)
42.7
81.4
47.5
36.6

2.3 Analysis of Covered Bridges
According to the Covered Bridge Manual [3], there are
inconsistencies with the assumptions of traditional
simple, static analysis of trusses that are frequently used
to analyze covered bridges. Recent efforts to structurally
analyse covered bridges with finite-element-based
approaches have had mixed success.
Lamar and Schafer [7] developed two dimensional beam
models to evaluate the structural system behaviour of the
Pine Grove Burr Arch. They investigated the influence of
connection behaviour and the interaction of the arch and
truss for various loading scenarios. Sangree [8] analysed
multiple covered bridge types that had load testing data.
She concluded that details within the truss system were
strongly influencing the differences between field testing
and modelling.

developed structural models to predict strain and
deformation of the in-field load tests. They developed
models for the Queen Post and Burr Arch type bridges,
but due to site conditions, the modelling success of the
Burr Arch bridges is limited. Only the Zacke Cox Bridge
was modelled successfully. A simplified modelling
approach for Queen Post bridges was developed. To
successfully model Queen Post type bridges, one must
take into account the effect of the inherent eccentricity
within the joints at both ends of members of the bridge
structure. Figure 2 compares the field and model strains
for the top chord of the Moxley Bridge that has taken the
eccentricity into account. The strong agreement between
model and field strains can be seen. If joint eccentricity is
not considered, stiffer model behaviour will result
(Figure 2). Because the success of modelling Burr Arch
bridge was limited and the greatest number of remaining
covered bridges are of this type, a second set of Burr Arch
bridges were field tested in Pennsylvania.

3 BURR ARCH COVERED BRIDGES—
PENNSYLVANIA
Burr Arch bridges are a combination of arches and
multiple king post trusses. The arches are not monolithic
but segmental, and the trusses are pinned to the arch at the
vertical members or by vertical steel rod that connect the
bottom truss chords to the top of the arch. Four
representative single span Burr Arch covered bridges
ranging in length from 27 m to 55 m were selected from
the 32 total covered bridges located in Lancaster,
Pennsylvania (Table 1) for investigation. A brief
description of the load rated bridges will be presented.
Table 5: Burr Arch Bridges Evaluated

Bridge
Hunsecker
Zooks Mill
Eshleman
Jackson Sawmill

Year Built
1843
1849
1845
1878

Span (m)
55
27
34
44

3.1 Hunsecker Bridge
The Hunsecker Bridge is located on Hunsecker Road and
allows residential vehicular traffic to cross the Conestoga
River (Figures 3, 4, and 5). The original bridge was built
in 1843 but was swept away by Hurricane Agnes. In
1973, a replicate design to the original bridge was rebuilt
at the same location.

Figure 2: Field and model strain for top chord of Moxley
Queen Post Bridge.

In conjunction with the cooperative load rating studies
being conducted by ISU and FPL, Fanous and others [6,7]

The bridge is a single-lane, single span, simply supported
Burr Arch. The total height from the bottom of the bottom
chord to the top of the top chord for the truss was
measured as 5.22 m and center to center spacing of the
truss was 4.61 m. Unlike all the other arches studied, the
arch consist of “twin” stacked arches on either of the built
up post. At every other post the arches were butt spliced
using metal and wood side plates with bolts while at the
middle post the arch also bolted. The truss consisted of
rectangular parallel chord members connected top and
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bottom with a single diagonal and built up spaced post,
except the middle panel section consisted of cross
diagonal members. In total, 17 truss panels exist. The top
and bottom chords consist of two parallel rectangular
beams member connected with a wood block side plate
and bolts. Most connection between members used
conventional bolts. The total length of the structure is
54.9 m and is currently posted for a load limit 2.72 t (3
ton).

Figure 3: Profile view of Hunsecker Bridge

Figure 4: Interior view of Hunsecker Bridge

Figure 5: Floor System of Hunsecker Bridge

3.2 Zooks Mill Bridge
The Zooks Mill Bridge is located near the intersection of
Log Cabin and Rose Hill Roads and allows vehicular
traffic to cross Cocalico Creek (Figures 6, 7, and 8). The
original bridge was built in 1848, and unlike other bridges
in the area, it survived the effect of Hurricane Agnes
despite being awash in water.
The bridge has a single span, wooden, double Burr arch
bridge with six additional steel rod hangers that connected
the truss to the arch in the 2nd, 4th, and 6th panels. The
total height from the bottom of the bottom chord to the top
of the top chord for the truss was measured as 4.92 m, and
center to center spacing of the truss was 4.61 m. The truss
consisted of rectangular parallel chord members
connected top and bottom with a single diagonal and
chord, except middle panel section consisted of cross
diagonal members. The top chord consisted of a single
member connected at three locations using single lap
joints. The bottom chords consisted of two parallel
rectangular beams. When a lap joint was used on one of
the single members, the bolts went through the entire
chord width. Butt jointed connection that bolted through
the vertical and sister arch were used to fabricate the
double arch. The total length of the structure is 25.5 m,
and it is currently posted for a 2.72 t load limit.

Figure 6: Profile view of Zooks Mill Bridge

Figure 7: Interior view of Zooks Mill Bridge
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Figure 8: Floor System of Zooks Mill Bridge

3.3 Eshleman Bridge

Figure 10: Interior view of Eshleman Bridge

The Eshleman’s Bridge, also known as Leaman’s Place,
is located on Belmont Road, north of U.S. Route 30, and
allows significant vehicular traffic to cross Pequea Creek
as (Figures 9, 10, and 11). The original bridge was built
in 1845 and rebuilt in 1983.
The bridge has a single span, wooden, double Burr arch
trusses design with additional steel hanger rods that
connect arch to the bottom chord and the top chord to the
bottom chord in all 11 truss panels. The total height from
the bottom of the bottom chord to the top of the top chord
for the truss was measured as 4.94 m and center to center
spacing of the truss was 5.11 m. The truss consisted of
rectangular parallel chord members connected top and
bottom with a single diagonal and post, except middle
panel section consisted of cross diagonal members. The
top chord consisted of single member connected at five
locations using single lap joints. The bottom chords
consisted of two parallel rectangular beams attached to the
post with a double notch. A third rectangular beam
sistered to the other beams with through bolts. When a
chord was spliced, an oblique tabled scarf joint with key
was used and the bolts went through the entire chord
width. Arch sections were butt together at on one side of
the post, while the arch on the other side was bolted to the
post. The total length of the structure is 37.5 m and is
currently posted for a 2.72-t load limit.

Figure 9: Profile view of Eshleman Bridge

Figure 11: Floor System of Eshleman Bridge

3.4 Jackson Sawmill Bridge
The Jackson Sawmill Bridge is at the intersection of
Mount Pleasant and Hollow Roads and allows vehicular
traffic to cross West Branch of the Octoraro Creek
(Figures 12, 13, and 14). The original bridge was built in
1878, but in 1985 it was destroyed by flooding and
subsequently rebuilt and removed from the National
Register of Historical Places. The most recent
rehabilitation occurred in 2005.
The bridge has a single span, wooden, double Burr arch
design with the addition of steel hanger rods connecting
the arch to the bottom chord in the middle of 10 panels
and near the post in the remaining 6 panels. The total
height from the bottom of the bottom chord to the top of
the top chord for the truss was measured as 4.75 m and
center to center spacing of the truss was 4.76 m. The truss
consists of rectangular parallel chord members connected
top and bottom with a single diagonal and post. The top
chord consists of single member connected at five
locations using scarf lap joints with two bolts. The bottom
chords consist of two parallel rectangular beams attached
to the post with a double notch and spliced with wood fish
plate. On the either side of these chords, additional
rectangular beams were sistered with through bolts.
These sistered beams were spliced with an oblique tabled
scarf joint. Arch sections were butted together with a
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metal plate at every other post and attached middle post
with a single through bolt. The total length of the
structure is 43.6 m and is currently posted for a 3.63-t load
limit.

4.1 Field Evaluation
Field evaluation consisted of collecting detail
measurements and calibrated photographs for
development of as-built drawings. Using the calibrated
photographs, three dimensional renderings of the covered
bridges could be generated to facilitate structural
modelling work.
Material evaluation consisted of coring, species
identification, ultrasound measurements, resistograph
drilling, and moisture content determination. From the
coring and ultrasound measurements, the longitudinal
elastic modulus (E) of the structural members was
determined for use in structural modelling. Resistograph
drilling and ultrasound also assessed the integrity of wood
members.
4.2 In-Field Loading Testing

Figure 12: Profile view of Jackson Sawmill Bridge

Figure 13: Interior view of Jackson Sawmill Bridge

Figure 14: Floor System of Jackson Sawmill Bridge

4 RESEARCH PROCEDURES
Research procedures consisted of field evaluations, infield loading testing, and structural modelling.

Field testing of the covered bridges involved installing
displacement and strain transducers on the structures at
various cross sections and loading the structure with a
vehicle of known weight. Global displacements of the
structure, specifically the trusses, were measured at
different locations along the bridge length relative to the
bottom chords of truss. These displacements were
recorded with ratiometric displacement transducers
mounted on tripods connected to the bridge via aircraft
grade steel cable extensions or aluminium step ladders
and recorded with an Optim Megadac data acquisition
system (DAS) along with a Dell laptop computer running
software. Figure 15 shows the setup for the measurement
of global deflection of the Hunsecker Bridge. For this
bridge, deformations were measured at midspan and
quarter points. Member strains were recorded at various
locations on one truss using Bridge Diagnostics, Inc.
(BDI) DAS and BDI strain transducers [10]. The strain
transducers were attached to the timber members with
hex-head screws and washers. Due to the limited number
of gages available, time constraints, and symmetry, a
majority of the gages were also placed on mostly on one
side of the bridges. Unlike previous studies, a limited
number of gages were placed on the opposite side of the
bridge to assess the distribution of load to each bridge
side, and some gages were placed on the transverse
stringers to investigate how the plank deck distributed the
load. In Figure 16, the outside strain transducers are
attached to the top of the double arches and the middle
strain transducer is attached to the diagonal member of the
truss.
The load vehicle was driven slowly across the bridge in
the middle of the roadway and with a wheel line as close
to the arch and truss with the greatest density of
instrumentation (Figure 17).
Data were recorded
continuously as the vehicle crossed the bridge. The
location of the load vehicle is recorded into the data
acquisition systems every 3.05 m along the bridge deck
beginning from the abutment the vehicle first crosses.
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5 ESHLEMAN BRIDGE
Although four Burr Arch Covered Bridges were field
tested in the fall of 2015, results will only be presented for
the Eshleman Bridge.
5.1 In-Field Testing

Figure 15: Global displacement measurements with
transducers supported by aluminium ladders for Hunsecker
Covered Bridge.

Due to the load posting, a standard Chevy Suburban was
utilized as the load vehicle. The load vehicle was driven
several times across the bridge while local traffic was
restricted from crossing. Two crossing were made with
the vehicle centered on the bridge deck and two crossing
were made with the vehicle located 406 mm from inside
edge of the east curb.
Due to the limit load rating and bridge span, only the mid
span deformation was recorded on each side of the bridge.
Thirty-eight strain transducer channels were used on this
bridge, with 9 strain measurement used for the west side
of the bridge, 2 strain transducers used on the transverse
stringers each side of mid span, and 27 strain transduces
were used on the south half of the east side of the bridge.

Figure 16: Local strain measurements for Hunsecker Covered
Bridge.

Figure 18: Mid span deformation of each side of Eshleman
bridge for loading with the load truck transversely centered
(top) and 406-mm from east curb (bottom).
Figure 17: Pennsylvannia Dept. of Transportation light truck
loading of Hunsecker Bridge

When measuring the arch, diagonals, and post behavior,
the strain transducers were placed on opposite side of the
member to determine flexural behavior. Bottom chord
strain measurement used only one strain transducer,
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located on the top surface of the member at each location.
Prior studies [4, 5] indicated that these member have little
flexural behavior
Figure 18 illustrates the displacements measured at the
mid span of both truss bottom chords for the load truck
transversely centered and 406 mm from east curb. For the
centered loading, it is noted that both sides of the bridge
have similar displacement behavior and magnitude. This
indicates approximately equal load distribution
transversely across the bridge deck to the trusses. As
expected, when the load vehicle is positioned near the east
curb, the nearer truss carries has more deformation than
the west truss. These two difference responses are
valuable to analytical model developed and understanding
of the bridge deck behavior.
Figure 19 shows the strains developed in the diagonal
member’s one truss panel south of the mid span and
highlights the complexities of the bridge systems. While
one would believe little or no tensile strain should be
transferred through this member due to the end
connections being simple angled bearing joint (Figure
20), significant tensile strain is developed. With the
model, both compression and tensile behaviour will need
to be addressed.

Figure 21: Strains in east side bottom chord members at mid
span for eccentric loading of the Eshleman Bridge.

Additional complexities are observed in the bottom chord
member strains (Figure 21). For all bottom chord
measurement locations, the bottom inside chord strains
were inconsistent with the center and outside chord
strains. In general, the behaviour was a mirrored response
with respect to the center and outside chords with tensile
strain being generated. It is speculated that this behaviour
is attributed to the bearing plate and steel vertical rod used
to connect the bottom chord to the double arch. Modeling
of this detail will need to be incorporated in future work.
5.2 Structural Modelling

Figure 19: Strains in diagonal member located near the mid
span of the east side of the Eshleman Bridge

Figure 20: Simple angled bearing joints connection the
diagonals t the vertical post for Eshlemann Bridge.

Based on the previous work by Fanous and others [6]
STAAD computer software [11] will be used. The Burr
Arch bridges will be analysed using three dimensional
idealizations (Figure 21) of a single truss. Internal hinges
will be included in these bridge models to represent the
connectivity between the different members. The splice
joints will be modelled in the three dimensional model by
releasing the moment in the bottom chord members at the
corresponding location of the splices. In all cases, the
joint eccentricities will be incorporated into the models.
One end of the truss was assumed to be pinned, while
roller support was imposed at the other end. The two ends
of the arch were assumed to be pinned.

Figure 22: Three dimensional rendering of covered model of
Burr Arch type bridge.
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The bridge model will be loaded using the moving load
option available in the STAAD program. To transfer the
moving load to the truss bottom chord at the locations of
the floor beam, it was necessary to add at the deck level,
two longitudinal beams that were not part of the bridge
structure. These members will be added to facilitate the
application of the moving loads. Each of these beams will
be connected using rigid links to the truss bottom chord at
the locations of the floor beams. Additional models will
be developed that considered the effect of the roadway
structure to distribute the vehicle loads to the truss chords.

6 LOAD RATING
The final step in the process is performing a load rating
for the subject bridges using the calibrated finite element
(FE) model developed for that structure from live load
testing results. The basic procedure for performing the
load rating via the calibrated FE model is as follows:
1) based on the findings and recommendations from the
previous section, create a FE model of the structure; 2) run
rating vehicles and/or different trucks across the 2-D
model to obtain member forces (noting that things such as
vehicle height and width in addition to weight may control
if the vehicle can safely enter and cross the covered
bridge); 3) calculate the capacity of each key member to
be evaluated taking into consideration any deterioration or
decay found during inspection; 4) calculate the ratio of the
member capacity to the member forces output from the FE
model to determine the load rating factor. A load rating
factor greater than or equal to 1 is desired.

7 CONCLUSIONS
Efforts are underway in the United States to develop
improved methods to preserve, rehabilitate, and restore
timber bridge trusses that were developed during the early
1800s and in many cases are still in service today. As part
of this on-going effort, four Burr Arch Covered Bridges
in Pennsylvania were field tested and are being
structurally modelled. Preliminary review of the data
indicates additional complexities that are attributed to the
presence of steel vertical rods between the arch and
bottom chord not observed in the previously analysed
Burr Arch covered bridges in the State of Indiana.

8 FUTURE COVERED BRIDGE WORK
Field testing is planned on a group of King Post and Town
Lattice covered timber bridges in the New England states
for later in 2016. Additional structural analysis of
previously collected field test data for the Howe Truss and
Burr Arch will continue with an emphasis on the
behaviour of the key members: top and bottom chords,
diagonals, verticals. Structural models will consider the
eccentricities of the connection locations and use hinges
to account for member splices.
The final product will be recommendations and guidelines
for instrumenting covered bridges, load testing covered
bridges, generating a simple but accurate bridge model of

covered bridges, and load rating covered bridges such that
load limits that are both safe and reflective of the actual
performance of the structure may be assigned to the
bridge.
Once final FE models and load ratings for the subject
bridge have been completed, recommendations and
guidelines for instrumenting covered bridges, load testing
covered bridges, generating a simple but accurate bridge
model of covered bridges, and load rating covered bridges
such that load limits that are both safe and reflective of the
actual performance of the structure may be assigned to the
bridge. These documents will be published in a format
similar to load rating guides for other bridge types made
using steel and concrete materials.
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BEHAVIOUR OF TIMBER STRUCTURES UNDER VARIABLE
ENVIRONMENT THROUGH LONG-TERM MONITORING
Edouard Sorin1, Francesca Lanata2, Clément Boudaud2
ABSTRACT: Durability and long-term behaviour of timber structures are strongly influenced by environmental and inservice conditions. Measuring the real in-service behaviour of a full-scale timber structure and its environment can help
collecting experience to validate existing models and design assumptions. To this purpose, a long-term monitoring
system has been installed on a three-floor structure composed by wooden trusses, composite timber-concrete slabs and
timber-framed walls. The structure is located in Nantes, France, and it is an extension of the Wood Science and
Technology Academy (ESB). The paper will show, through the available measurements, some of the phenomena that
are strongly influenced by humidity variations. These analyses will lead to develop a numerical model to study the
shrinkage effect on a structural element. The shrinkage deformation will be finally filtered from the global measured
deformation to put into evidence the mechanical effects, such as mechanosorpive behaviour, creep effect, and damage
impact, at the structural scale.
KEYWORDS: Wooden structures, moisture content, modelling, Structural Health Monitoring

1 INTRODUCTION 123
Over the last decades, wood has become more and more
used for bigger and more complex constructions, as its
mechanical, thermal, environmental and esthetical
characteristics make it one of the best choices to fight
against the global warming.
However, it is important not to forget that wood is a
heterogeneous, anisotropic and hygroscopic material,
which is why it is still very difficult to fully understand
and predict its long-term behaviour under variable
environment.
This work deals with the evolution of the behaviour of a
timber structure in a variable environment, the Wood
Science and Technology Academy extension building
Figure 1), in France, which is continuously monitored
since the end of its construction, in July 2012. The aim
of the work is to understand the impact of environmental
variations on the global behaviour of the structure,
through measured data and numerical modelling. The
preliminary data analysis as well as the modelling of the
evolution of the moisture content inside the cross-section
of each instrumented timber structural element will be
presented.

1
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Figure 1: View of the ESB building under study

2 LONG-TERM MEASUREMENTS
2.1 STRUCTURE DESCRIPTION
The monitored timber structure is 45m long and 13m
large, with a cantilever of 9m. Structural elements of
different cross-sections compose the trusses, from
215x270mm² to 320x360mm². The structure is
composed of two parallel double-floor trusses in
Douglas (Pseudotsuga menziesii) glulam (Figure 2 and
Figure 3). The structural elements are mostly indoors,
but some are outdoors (V-shape columns and supported
floor) and face very different environmental conditions.
The following assumptions were made during the design
phase: each double-floor trusses work like a simple one
even if the structural elements are discontinuous across
the middle floor, therefore the structural elements are
expected to work mostly in compression or traction. The
design service class is 2. Moreover, the “North” and
“South” trusses do not have the same cross-sections; the
“North” one is 33% smaller than the “South” one. This
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difference is due to the load difference between the two
trusses, because of the corridor on the “South” truss.

Figure 2: “North” truss with sensors positions

Figure 3: “South” truss with sensors positions

2.2 MONITORING SYSTEM
The monitoring of the Wood Science and Technology
Academy extension consists in measuring the evolution
of the longitudinal strain on some elements of the
structure, using strain gauges coupled with hygrothermal sensors that measure the evolution of
temperature and relative humidity of the environment.
This combination of sensors is repeated at 32 different
points of the structure. Sensors positions have been
chosen to verify the stress state across the midconnections and to observe indoors and outdoors
elements, particularly around the cantilever. To verify
the hypothesis of negligibility of bending moment in the
semi-continuous elements, strain gauges in a rosette
configuration have been glued on 3 outdoors columns.
The location on the sensors allows to compare the
behaviour of the “North” and “South” trusses. These
measurements are a part of a more global monitoring
system including also dynamic and thermal
measurements [1].
Longitudinal strains are recorded every 6 hours, while
temperature and relative humidity are recorded every
minute. The strain monitoring is fully operational since
July 2012.

surface and at different depths of the structural elements
and to validate the numerical model developed in §4.
Concerning the indoor measurements, data observation
shows that a transient state has appeared at the beginning
of the monitoring period, approximatively at the end of
the heating period (Figure 4). It seems to be linked with
the transition between the initial moisture content of the
elements, supposed at 12% according to European
standards, and the current average value of moisture
content, assessed from measurements at around 8% for
the indoor elements. Indeed, in the same period, various
cracks were listened in the structure, which could be
related to a relaxation of moisture induce stresses.
After the first year, the behaviour of the indoor elements
seems to be periodic, with a yearly period, with some
irregularities due to the random variability of the climate
year to year. A global behaviour can be nevertheless
identified, with an increasing strain from October to
April and a decreasing strain from May to October. It
has to be underlined that all the measured strains are
referred to the reference state at the beginning of the
monitoring period.
Concerning the outdoor measurements, there is no
transient period during the first year. The behaviour has
the same yearly behaviour observed for indoor
measurements, with a global increase of the strains along
the time (Figure 5). For outdoors elements, the current
average moisture content is at 15%, but in outdoor
environment, the moisture content on surface is scattered
from 4% to 19%. Due to the huge difference between
adsorption and desorption velocity, desorption is almost
5 times faster than adsorption [4], it will take much more
time for outdoor than indoor elements to reach a stable
condition.

2.3 MEASUREMENT ANALYSIS
Literature shows that the evolution of the moisture
content inside the cross-section of a structural element is
very slow [2]. As the goal of the research project is to
understand the long-term behaviour of the structure, only
the daily average values have been used for the longterm analyses, for each measurement point.
Moisture content at the surface of each instrumented
structural element has been calculated from relative
humidity and temperature data, thanks to the isotherm
sorption curves [3]. It has to be pointed out that the
moisture content inside the cross-section can strongly
differ from the moisture content on the surface. Deeper
laboratory
investigations
are
currently
under
development to correlate the moisture content at the

Figure 4: Time evolution of the strain of structural elements
with the same cross-section in indoor environment and
corresponding sensors location along the structure
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Figure 5: Time evolution of the strain of structural element S1_13 in outdoor environment and corresponding sensor location

These observations underline the importance of the
environment on the deformation of the structure.
Moreover, a great correlation between the longitudinal
strains of elements of the same cross-section in the same
environment (indoor or outdoor) has been also observed,
(R²> 0,9) (Figure 6 and Figure 7) proving the impact of
the climate on the measured strain.
Concerning the outdoor measurements, no correlation
between moisture content and longitudinal strain can be
achieved directly, because of the huge scatter of the
relative humidity day to day. On the contrary, the
correlation between temperature and longitudinal strain
is great for the outdoor environment (Figure 7).
Nevertheless, it can be observed that strain is globally in
opposition of phase with temperature. As shown by the
climate evolution for the measurement point S1_12
(Figure 8), temperature and moisture content are
qualitatively in opposition of phase. As a consequence, it
can be assumed that a qualitative correlation between
moisture content and longitudinal strain can be indirectly
found for the outdoor environment.
Concerning the indoor environment, no direct correlation
between temperature and strain or moisture content and
strain can be done on the whole observation period.
Nevertheless, a certain correlation can be observed by
considering two observation periods: the heating and the
summer period. This must be due to the heating which
artificially dries the air on surface to maintain a
predefined temperature.
The huge inertia of water diffusion in wood creates a
relatively important gradient of moisture content in the
elements, which gives moisture induced stresses [5], due
to the prevented shrinkage of wood; and a gradient of
mechanical properties which evolves with humidity.
Then, to understand the mechanical behaviour of the
structure, a relation between the moisture content at the
surface and inside the elements is needed. This is one of
the goals of the developed numerical model (see §4).

Figure 6: Strain correlation between the measurement points
S3_8 and S3_10, having the same cross-section, from July
2012 to June 2015

Figure 7: Correlation between temperature and strain in
outdoor environment, for the S1_12 measurement point, from
August 2014 to June 2015

WCTE 2016 e-book | 2411

where 𝜀𝑒+𝑚𝑠 : instantaneous elastic and mechanosorptive
strain
𝜀𝑣𝑖𝑠𝑐+𝑚𝑠 : creep related strain in variable environment
𝜀ℎ𝑦𝑔 : shrinkage related strain
However, the strain gauges were placed on the structure
between the construction and the exploitation phases,
and the data treatment uses the daily average value of the
strain. Therefore, the instantaneous elastic strain can be
neglected in this study which gives the following
equation:
𝜀2 = 𝜀𝑚𝑠 + 𝜀𝑣𝑖𝑠𝑐+𝑚𝑠 + 𝜀ℎ𝑦𝑔

(2)

where 𝜀𝑚𝑠 : instantaneous mechanosorptive strain

Figure 8: Temperature and moisture content evolution for
measuring point S1_12

3.1.1 Creep phenomenon in variable environment
In a non-variable climate, a constant load applied on a
structural element creates two types of strain, one
instantaneous (𝜀0 ) and a differed one (𝜀𝑣𝑖𝑠𝑐 ). The
viscoelastic creep related strain appears and evolves with
time in three steps (Figure 10).

3 LONG-TERM BEHAVIOUR OF
WOODEN STRUCTURE
3.1 PHENOMENA LINKED TO HUMIDITY
VARIATIONS
In order to understand the impact of humidity variations
on the longitudinal strain of wooden structural elements,
some phenomena linked to the evolution of the humidity
in wood have to be identified and characterised.
Literature shows that three phenomena linked to
humidity variations have an impact on the wood
mechanical behaviour [6]: mechanosorptive behaviour,
creep effect and hygro-lock (Figure 9).
Figure 10: Creep effect on strain [8]

Figure 9: Time evolution of the deflection of a small section
beam with constant loading and humidification/drying cycles
(adapted from [6])

To take into account all these phenomena, a rheological
model is usually used [7]:
𝜀1 = 𝜀𝑒+𝑚𝑠 + 𝜀𝑣𝑖𝑠𝑐+𝑚𝑠 + 𝜀ℎ𝑦𝑔

(1)

During the primary creep, the deformation velocity
progressively decreases to almost zero, the secondary
creep corresponds to the stabilised area, and finally the
tertiary creep, which only appears if the load level is
sufficiently high, matches with a quick increase of the
strain and may end with the failure of the material.
In variable climate, moisture content variation greatly
influences creep related strain but also the velocity of
this phenomenon. The related creep strain 𝜀𝑣𝑖𝑠𝑐+𝑚𝑠 in
variable environment can be decomposed in two parts,
viscoelastic creep and mechanosorptive creep (Equation
1). Contrarily to the first one, the mechanosorptive creep
is time independent and it can only be affected by
moisture content amplitude variations in wood.
3.1.2 Hygro-lock and mechanosorptive behaviour
By its hygroscopic nature, mechanical properties of
wood depend on the moisture content. In variable
environment, a mechanosorptive strain appears due to
the loss or gain in rigidity induced by the moisture
content variation inside the section. Relations between
Young and shear moduli and moisture content were
defined by Guitard in 1987 [9].
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Under loading effect, another phenomenon appears,
called hygro-lock, which has been identified by Gril in
1988 [10]. It influences the variation of rigidity. During
a humidification phase, the wood rigidity decreases
which induced an increasing of the mechanosorptive
strain. Then after drying, the wood retrieve its rigidity
but the mechanosorptive strain does not wear off (Figure
9).
3.1.3 Experimental observations
Some experiments have been performed at ESB to
identify the hygro-lock phenomenon, but they were not
fully conclusive on this point. Nevertheless, the creep
behaviour of wood submitted to humidification and
drying cycles was studied.
Another objective of this experiment was to determine
the behaviour of wood with partial unloading during
service life. Indeed, during its service life, the structure
is submitted to exploitation loads. In the case of the
Wood Science and Technology Academy extension
building, these loads are very variable, depending of the
number of students present in the building. As a
consequence, during summer holidays the structure is
partially unloaded for a long period of time.
The experiment was performed following the same
protocol of [6] concerning samples size and material
(10x30x650mm in Douglas), load level (100N
corresponding to 20% of the rupture load) and cycles
duration and values (T=10°C / HR=50% for the drying
phases and T=30°C / HR=80% for the humidification
phases). The measurements have been performed on two
samples, to study the different behaviour with partial and
total unloading.

second drying phase and later on during the second
humidification phase), while specimen 2 has been totally
unload at once, during the second humidification phase.
The experience helps to understand some differences
between the developed model and reality (see §5).
3.2 STRUCTURAL AND DAMAGE
PHENOMENA
The rheological model proposed in §3.1 does not take
into account the structural impact. Inside the structure,
the strain which is measured by the gauges can be
described as follow:
𝜀𝑆 = 𝜀𝑒𝑛𝑣 + 𝜀𝑠𝑡𝑟 + 𝜀𝑒𝑛𝑑
where

(3)

𝜀𝑒𝑛𝑣 = 𝜀𝑚𝑠 + 𝜀𝑣𝑖𝑠𝑐+𝑚𝑠 + 𝜀ℎ𝑦𝑔

𝜀𝑠𝑡𝑟 = 𝜀𝑔𝑎 + 𝜀𝑐ℎ𝑠
and 𝜀𝑒𝑛𝑑 : damage related strain, 𝜀𝑔𝑎 : joints slip related
strain, 𝜀𝑐ℎ𝑠 : structural influence on the element.
In this analytical model, two kinds of strain can be
identified, environment related strain (𝜀𝑒𝑛𝑣 ) and
structural related strain (𝜀𝑠𝑡𝑟 ), the damage related strain
(𝜀𝑒𝑛𝑑 ) depending on both structure and environment. As
shown in §2.3, the measured strain is strongly linked to
the moisture content and, environment variation will
have an impact on each structural elements, which will
create an impact on the global structure. And finally
have an impact on the structural related strain. So, in first
approximation, only the environment related strain will
be modelled.
However, loading has also an impact on the diffusion of
the water in wood [4]. The impact of those phenomena
cannot be directly compared to the in-service behaviour
without studying the impact of the loading on the water
diffusion in the structure.
Nevertheless, the shrinkage of wood due to the humidity
variations, which only impacts the geometry, creates
such important strains that others phenomena cannot be
identified; that is why this phenomenon has to be
numerically modelled on a simple structural element to
be filtered from the recorded measurement.

4 NUMERICAL MODEL
Figure 11: Time evolution of the deflection of the specimens
submitted to drying and humidification cycles

The shrinkage/swelling deformation was subtracted, so
the evolution of the deflection shown by the Figure 11 is
only due to the described mechanical phenomena.
During the first drying cycle, creep can be clearly
identified and during the second cycle (humidification)
the mechanosorptive phenomenon can be identified too,
as in Figure 9. During the second drying cycle the
deflection of the samples was amplified due to induced
stress, coherently with the mechanosorptive behaviour,
but not allowing to observe the hygro-lock phenomenon.
Specimen 1 has been unloaded in two steps (once in the

The numerical model has been developed on the finite
elements software ANSYS.
4.1 MODEL HYPOTHESES
Literature shows that Fick’s law by moisture content
field leads the water diffusion in wood [11]. In this
model, the moisture content is considered as the driver of
diffusion, allowing to partially take into account the
temperature. To model the moisture content inside the
section of the elements, the real measured
humidity/temperature data are used. However, taking
into account all daily variations would take too much
time due to the refined mesh needed near the surface of
the element. For the first numerical model, an

WCTE 2016 e-book | 2413

interpolation has been done to take into account only the
global environment variations. In practice, the global
evolution of the environment (indoor and outdoor) is
decomposed into large periods of increasing and
decreasing of moisture content on the surface, with a
linear interpolation between the beginning and the
ending values of each period. The moisture content
repartition across the beam section is measured for the
beginning and ending points only, and interpolated
inside each interval.
Another hypothesis is that the considered moisture
content field (6% to 19%) allows not taking into account
the hysteresis loops of the absorption/desorption
phenomenon.

Each structural element of the trusses has been modelled
and submitted to the locally measured moisture content
on the surface variations. An example of modelled and
real strains for in indoor structural element is shown in
Figure 12.

4.2 THERMAL ANALOGY
Fick’s law is not available in ANSYS. For this reason, an
analogy with Fourier thermal law has been used. This
analogy was inspired by the work of Loulou [12]. It
begins with the first Fick’s law:
̿ ∇ℎ
𝐽⃗ = −𝜌0 𝐷

(4)

̿ : diffusion tensor in R,T,L reference (m.s -1), ℎ:
where 𝐷
moisture content of wood, 𝜌0 : dry density of wood
(kg.m-3), 𝐽⃗: humidity flux.

Figure 12: Comparison between the measured strain and the
strain obtained from the model for an inside structural element

The second Fick’s law gives:

Table 1: Material properties used in the numerical model

𝜕ℎ
𝜕𝑡

+ 𝑑𝑖𝑣[𝐽⃗] = 0

(5)

which, thanks to first Fick’s law, can be rewritten as:
𝜕ℎ
𝜕𝑡

̿ ∇ℎ] = 0
− 𝜌0 𝑑𝑖𝑣[𝐷

(6)

By considering a perfect surface exchange between
water and air, and a diffusion coefficient 𝜆𝑥 constant by
moisture content field, a unidirectional transfer can be
written as follow:
1 𝜕ℎ
𝜌0 𝜕𝑡

− 𝜆𝑥 ∇ℎ = 0

(7)

The analogy with heat equation allows to directly use the
thermal module of ANSYS.
𝜌𝐶𝑝

𝜕𝑇
𝜕𝑡

− 𝜆∆𝑇 = 0

(8)

1
𝜌𝐶𝑝 =
𝜌0
{
𝑇=ℎ
𝜆 = 𝜆𝑥
The diffusion coefficients of Douglas for the considered
moisture content field have been determined by
experiments at ESB [13]. However, dilatation
coefficients have been taken from literature [14].
Mechanical properties were chosen in the Wood
handbook [15], all properties used for the model are
summarised in Table 1.

Material properties
Hydric diffusion
coefficient λR
Hydric diffusion
coefficient λT
Hydric diffusion
coefficient λL

Value
1,27.10-10 m².s1
1,97.10-10 m².s1
1,18.10-9 m².s1

Dilatation coefficient αR

2,55.10-3 h-1

Dilatation coefficient αT

1,77.10-3 h-1

Dilatation coefficient αL

1,00.10-4 h-1

CP

1 kJ.kg-1.h-1

Young’s modulus ER

836,4 MPa

Young’s modulus ET

615,0 MPa

Young’s modulus EL

12,30.103 MPa

Shear modulus GRT

86,10 MPa

Shear modulus GTL

959,4 MPa

Shear modulus GRT

787,2 MPa

Poisson’s coefficient µRT

0,390

Poisson’s coefficient µTL

0,0290

Poisson’s coefficient µRL

0,0360
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5 NUMERICAL MODEL VS REALITY
As observed in Figure 12, during the first months of
exploitation, the model fits very well with the real data.
However, between February and May 2013, the
apparition of a gap between the model and the
measurements can be observed. These months
correspond to various audible cracks which appeared in
the structure. It is possible that these cracks correspond
to a relaxation of moisture induce stresses, but deeper
investigations are needed.
To identify others phenomena which impact the
measured strains, the signal was filtered (subtracting the
shrinking strain 𝜀ℎ𝑦𝑔 ) thanks to the developed model.
The filtered signal is shown below (Figure 13). As it can
be seen, there is a lot of noise on the signal, this is
certainly due to the few number of points taking into
account by the numerical model. With a higher
computing power, which allows taking into account the
daily points, a more accurate result can be expected.
Moreover the model developed here does not take into
account the influence of loading on the diffusion
process, which will change partially the moisture content
repartition inside the section. The evolution of the elastic
properties due to the variation of moisture content isn’t
taking into account too.
Nevertheless, the accuracy of this model proved that the
shrinkage of wood is so important that it has to be first
filtered from the measurements to identify other
mechanical phenomena which have much more impact
on the long term behaviour of the structure. This can also
explain why the measured deformation of a structure is
so strongly related to the evolution of moisture content
inside the section of its structural elements.
Some improvements on the model are still needed before
checking on others phenomena.

This service classes are defined as follow: the service
class 1 concerns wood with average moisture content
between 7% and 13%, service class 2 for wood with
average moisture content between 13% and 20%, and
service class 3 for wood with moisture content upper
than that.
When the Wood Science and Technology Academy
extension building was designed, the service classes
were supposed to be service class 1 for indoor
environment and service class 2 for outdoor
environment. This hypothesis was verified, as shown in
the Figure 14 and Figure 15.

Figure 14: Number of days for each measured moisture
content for measurement point S1_14 (Outdoor environment)

Figure 15: Number of days for each measured moisture
content for measurement point S2_4 (Indoor environment)

Figure 13: Measured strain on measuring point S2_4 after
being filtered by the developed model

6 DETERMINATION OF THE SERVICE
CLASSES
In the Eurocode 5 standards [16], there are three service
classes for the wood, which are related to the
environmental conditions experienced by the wood
during its service life.

As can be seen, in outdoor environment the moisture
content on the surface of the elements is between 10%
and 19% the major part of the year. This is consistent
with the hypothesis of service class 2 of the Eurocode 5.
In the indoor environment, the moisture content on the
surface of the elements is between 6% and 10% the
major part of the year. This is consistent with the
hypothesis of service class 1 of the Eurocode 5.
Moreover, the Eurocode 5 deals with average moisture
content, the previous figures represent the moisture
content at the surface of the element. Due to the size of
the sections used for the structure, the moisture content
at the surface can be behind the limits for few days,
while the average moisture content will not be affected
enough to change the service class.
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7 CONCLUSION
This work is a first step to understand the behaviour of
wooden structures under service conditions and variable
environment. The long-term monitoring allows to
observe the most important phenomena that have been
identified in literature at the material level, and to link
them to the humidity variations. A first model of the
shrinkage deformation was developed and compared to
the measured deformations of instrumented structural
elements.
However, a lot of work has to be done to understand how
timber structures react in variable environment; studies
should be done at the structural element scale on the
evolution of rigidity due to the humidity evolution, on
the water diffusion inside wooden cross-section during
various loading, and on creep.
Another model of shrinkage should also be developed to
more precisely filter the measured signal.
The long-term monitoring of Wood Science and
Technology Academy is therefore a great opportunity to
develop models on the behaviour of wooden structures
under service conditions and variable environment.
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EXPERIMENTAL AND NUMERICAL STUDY OF THE STRUCTURAL
PERFORMANCE OF A TIMBER GRIDSHELL
Nathali La onnot 1, John Haddal Mor 2, St inar Hill rs y Dy i 3, Ma nus
Nils n4, And rs R nn uist , B ndi Manum
ABSTRACT: The structural performance of gridshell structures is strongly related to shape, but comparisons between
design and construction shape are seldom reported. This paper documents the evolution of shape following the erection
of a timber gridshell built in Norway. Structural performance was evaluated using experimental measurements, and was
observed to be significantly affected by the mechanical characteristics of the connections between the different
structural members. This study is expected to foster the development of innovative connection methods enabling
adaptation of the timber gridshell concept to the design of permanent buildings that can withstand harsh climatic
conditions.
KEYWORDS: timber construction, gridshell, FEA, Abaqus

1 INTRODUCTION 123
hells play a special, singular role for engineers. Their
shape directly derives from their flow of forces and
defines their load-bearing behaviour and lightness [1]. If
well-formed, concrete shells show no bending, but
membrane forces only (axial compression and tension),
permitting to save material by creating local
employment. This usually results in very thin shells,
such as the famous works of Felix Candela, among
others Los Manantiales, built in Mexico city in 1957,
which reveals a radical thickness of only 4 cm [2].
If regular holes are made in the shell, with the removed
material concentrated into the remaining strips, the
resulting structure is a gri shell [3]. The grid may have
more than one layer, but the overall thickness of the shell
is small compared to its overall span [4].
A kinematic gri shell differs from a regular gridshell in
its construction process. A regular grid of slender laths is
laid out flat; at each intersection point the members are
connected by a hinge-type connector; finally the grid is
shaped so that it takes up a doubly curved form. After
erection of the lattice, bracing is introduced which
triangulates the square grid, providing shear strength [5].
The prime benefit of a kinematic gri shell is the
simplicity of the construction sequence.
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Timber is among the most appropriate construction
materials for these structures due to its lightweight, its
small torsional thickness, its capacity to bend and its
capacity to remain elastic. Timber members can be
easily bent into shape due to their low bending stiffness.
Moreover during the construction phase the members
might be subjected to tighter radii of curvature than the
ones they will have in their final state [6].
Very few large-scale tim er gri shell structures exist
worldwide. Frei Otto first developed this type of
structure in 1972 for the Mannheim Multihalle in
Germany [7]. Subsequently, in 2002, the Downland
Museum was built in England by Buro Happolds [8], and
was followed in 2005 by the Savill Garden Visitor
Centre, also in England, designed by Buro Happolds and
Glenn Howells [9].
Gridshells are complex structures, and several research
groups are currently investigating ways of improving
their design. Approaches include the use of composite
materials [10], the optimisation of cross-section with
respect to curvature [11], the development of innovative
joint methods [12] and the development of more
effective form-finding algorithms [13].
A major challenge facing designers is in achieving and
maintaining the shape of the structure during its lifetime.
Comparisons between design and construction shape are
seldom reported. The same is true of creep and other
time-related mechanisms. Since the structural
performance of such structures is strongly related to
shape, more knowledge of the evolution of construction
shape is needed.
This study focuses on quantifying the structural
performance of a timber gridshell pavilion over time.
Several measurements were performed on the specimen
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construction after initial structural settlement. A
comparison between experimental results and theoretical
values derived from a finite element model is also
discussed.

2 MATERIALS AND METHODS
2.1 THE TIMBER GRIDSHELL PAVILION
A four-metre high, ten-metre wide timber gridshell
pavilion was erected in Trondheim, Norway, in June
2015 [14] (see Figure 1). The 23 x 48 mm grid members
are organised in four layers. Timber members were all
made knot-free, and are assumed to be of strength class
C14.

Figure 1: he uilt gri shell in ron heim, or ay Cre its
ophie a onnote- e er

The innovative modular design of this gridshell pavilion
is based on 520 identical modules connected to each
other. Details of this simple and effective solution called
"segment lath" (see Figure 2 and Figure 3) can be found
in the detailed study carried out by Haddal Mork and
Hillersøy Dyvik [12].
The design procedure for form-finding was implemented
via a particle-spring model. The form-finding process is
largely inspired from the work of Pone et al. [15], using
Grasshopper [16], a graphical algorithm editor tightly
integrated with Rhino’s 3-D [17] modelling tools.
The gridshell was erected by means of a lifting tower,
see Figure 4. The grid was assembled by starting with
the centre module, leaving the bolts un-tightened. The
anchor-points were pulled towards four already
positioned foundations using cargo straps.
After
erection, the bolts were tightened and diagonal members
of the same timber quality and cross-section were
mounted to provide shear stiffness. In the rest of the
study, diagonal members are referred to as "bracing(s)".

Figure 2: he original segment lath mo ular solution,
repro uce ith permission rom a al ork an illers y
y ik

Figure 3: he original mo ular solution, etail rom the
e perimental gri shell Cre its ophie a onnote- e er

2.2 EXPERIMENTAL PROTOCOL
Three dimensional measurements of the full shape were
performed with the distancemeter Leica 3D Disto [18].
Accuracy is expected to be of 1 mm at 10 m, but was
assumed in this study to be 10 mm at 10 m, partly
because of the reflective effect of bolts . Measurements
were carried out on the gridshell during four test
campaigns described in Table 1.
Loading was carried out without additional loading
(Campaign 1), or with additional loading using buckets
of water (Campaign 2) and weights (Campaigns 3 and
4). Measurements were carried out on the complete
structural shape for all test campaigns. Additional
measurements were carried out on selected members for
test campaign 3: one diagonal stiffener and two
transverse members, see Figure 5, Figure 6 and Figure 7.

Figure 4: he li ting to er uring erection Cre its
illers y y ik an ohn a al ork

teinar
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Table 1. Loading protocol for test campaigns 1, 2, 3, and 4

Test campaign

Test

1
2

June 2015
August
2015

3

August
2015

4

September
2015

1.a
2.a.
2.b.
2.c.
3.a.
3.b.
3.c.
4.a.
4.b.
4.c.
4.d.
4.e.
4.f

Total
load
[kg]
0
0
180
540
0
720
0
0
0
400
540
720
0

Point
loads
[kg]
5
15
90
50
67.5
90
-

Diagonal
members
On
On
On
On
On
On
On
On
Removed
Removed
Removed
Removed
Removed

Figure 7: i erent pro iles measure un er est campaign

2.3 NUMERICAL ANALYSES
2.3.1 F atur s o th num ri al mod l
Finite element analyses are performed using
commercially available Abaqus software [19]. Given the
complexity and the large number of connectors, the
model geometry and its features are parametrically built
using third party scripting provided by Python
programming language [20].
Gridshell members are modelled as beam elements using
the general two-node cubic interpolation B33 beam
element. A mesh size of approximately 10 centimetres is
selected and corresponds to a converging model.

Figure 5.

perimental protocol or test campaign

Figure 6.

perimental protocol or test campaigns

The modular solution described in section 2.1 is
modelled as the superposition of four layers of
continuous beams. In order to represent the gaps in the
built gridshell between each module (see Figure 8), the
numerical continuous beams exhibit a regular
distribution of a two different sections:
 A "hard" section implementing C14 strength
class material properties, displayed in orange
colour in Figure 8.
 A "soft" section implementing dummy
isotropic properties with near-zero stiffness in
order to model the gaps, displayed in yellow
colour in Figure 8.

an

Figure 8: o elling o the mo ular solution ith ummy
sections in yello colour to numerically represent the gaps
et een real tim er eams in orange colour Connections
are numerically implemente as constraints along the lue
otte lines
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Material properties for C14 strength class are defined
and implemented as transversely isotropic, following a
linear-elastic behaviour. Material properties are adapted
from Dahl [21] and are given in Error Not a alid
oo mar s l r r n ..



Fixed translation of a selection of four points,
corresponding to the four corners of the tower
used for erection (see Figure 4).

Table 2
aterial properties correspon ing to C strength
class
applies to the longitu inal irection,
an
to
the trans ersal irections

=
υ12
υ1
υ
ρ

=

7000 MPa
230 MPa
0.39
0.49
0.64
440 MPa
30 MPa
350 kg/m3

2.3.2 Conn tions
Real untight bolt connections between modules are
parametrically implemented as numerical connectors, i.e.
with numerical constraints between two points (see
Figure 8). Total number of numerical connectors is 7464
with this method.
Connectors are of type cardan, which allows to
implement in total six stiffness values: three translational
stiffnesses and three rotational stiffnesses. For sensivity
analysis purposes, three sets of values were
implemented:
 A set "LOW" with one low rotational stiffness
in the plane of the gridshell surface in order to
represent the hinge connection:
= 1.
 A set "MEDIUM" with medium rotational
stiffness in the plane of the gridshell surface in
order to represent friction in the hinge
connection:
= 100.
 A set "HIGH" with high rotational stiffness in
the plane of the gridshell surface in order to
represent a rotation-fixed connection:
=
10000.
The three translational stiffnesses and the two remaining
rotational stiffnesses are set to high values – in the order
of 100000 - in order to model the behaviour of an untight
bolt.
2.3.3 Loadin and oundary onditions
The numerical gridshell is originally modelled as flat,
following the real construction process. The numerical
construction process is achieved in a non-linear static
step by imposing the following displacements, see
Figure 9 :
 Vertical displacement of the anchor points with
a value equal to the planned height of the
gridshell
 Lateral displacement of the anchor points
towards the centre of the gridshell so that the
floor area of the gridshell corresponds to the
planned value

Figure 9: haping the gri shell in a us rom the original
lat gri shell hite colour to the ent gri shell coloure
gra ient o isplacements

3 RESULTS AND DISCUSSION
3.1 A r m nt
sha

t

n lann d sha

and uilt

The construction process imposes:
 the height of the gridshell, which is given by the
final height of the lifting tower, and
 the floor area of the gridshell, which is given by
the distance between the anchor points.
A good agreement is therefore observed between the
planned shape and the built shape for these parameters.
However, comparison between the planned shape –
calculated by the form-finding software described in
section 2.1 – and the built shape some days after
erection – measured in Test Campaign 1.a – shows
substantial discrepancies for the arches of the gridshell,
see Figure 10. Built arches are lower than their planned
shape, sometimes as much as 40 cm.
Discrepancies tend to be smaller for areas leading to the
arches, where again the gridshell members should be
higher than they are in reality. As a whole, the built
gridshell looks saggy compared to the planned gridshell.
Figure 10 emphasizes two distinct areas within the
gridshell:
 a "strong cross"- which links the opposite
anchor points and transfers loading down to the
ground - shows a fair agreement with the
planned shape, and
 a "weak cross" - which links the opposite arches
- shows substantial discrepancies with the
planned shape.
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3.3 Stru tural

r orman

ith ra in s

Test campaigns 2 and 3 are dedicated to evaluating the
structural performance of the gridshell with bracings
under various loadings, see Table 1.
The total load applied in Test campaign 2: 180 kg, and
then 540 kg was not high enough to induce
displacements larger than the precision of the measuring
equipment. Results from test campaign 2b and 2c are
therefore disregarded.
Figure 10: ser e iscrepancies et een the planne shape
an the uilt shape easurements are gi en in mm

3.2 S nsiti ity analysis o th

uilt sha

The finite element analyses show that the final shape is
highly dependent on the rotational stiffness of the
connectors in the plane of the gridshell surface. The
stiffer the connectors are, the more pronounced the
arches will be (see Figure 11).

During Test campaign 3.b, the loading of the gridshell
with a total load of 720 kg induces a substantial
deflection of the top of the gridshell of almost 10 cm.
Other affected areas include the weak cross that links
opposite arches, to a lesser extent.

Figure 12: ser e e lections uring test campaign
isplacements are gi en in mm

Profile results (see Figure 13) show an instantaneous
deflection of about 10 cm for profile #1 and profile #2,
and about 7 cm for profile#3. For all profiles, a residual
deflection of about 2 cm is observed.

Figure 11: ect o the rotational sti ness o the connectors
on the inal shape

Figure 13: e lections o ser e un er a
kg loa ing or
three selecte pro iles istances an isplacements are gi en
in cm
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3.4 Stru tural

r orman

ithout ra in s

Test campaign 4 is dedicated to evaluating the structural
performance of the gridshell without bracings under
various loadings, see Table 1.
The observed deflections for the gridshell without
bracings are almost four times larger than the ones
observed for the gridshell with bracings. The "strong
cross" is also substantially more affected: Figure 14
shows that the gridshell without bracing seems to bulge
inwards because of lack of strength.

Figure 15: Resi ual e lections o ser e a ter
kg loa ing
or the gri shell ith racing test campaign c an ithout
racing test campaign
isplacements are gi en in mm

3.

E olution o th

ridsh ll ith tim

In general, the shape of the gridshell evolves with time,
even without being submitted to loadings performed for
scientific purposes.
Figure 16 shows for example settlement observed
between June and August, without any (known) loading.
Most affected areas are again the "weak cross" and the
arches.

Figure 14: e lections o ser e un er arious loa ings or the
gri shell ithout racing uring test campaign
isplacements are gi en in mm

3.

R sidual d l tions a t r loadin s

Residual deflections observed during test campaigns 3.c
and 4.f are shown in Figure 15. Previous observations
(see sections 3.3 and 3.4) are still valid:
 The gridshell with bracing is affected mainly
along the "weak cross".
 The gridshell without bracing is mainly affected
along the "strong cross".
 Residual deflections for the gridshell without
bracing are about five times larger than for the
gridshell with bracings.
These observations are also corroborated by the analysis
of the deflected profiles for test campaign 3, see Figure
13.

Figure 16: ettlement o ser e et een une an ugust
ithout any kno n loa ing isplacements are gi en in mm

The cause of the instability of the timber gridshell is of
high interest since its structural performance directly
depends on it.
Possible external causes include settlement after erection
and unknown climatic loadings (e.g. storm). Internal
causes, i.e. those originating from the structure itself,
may be related to the complex material properties of
timber. Wood as a material and as structural element
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indeed exhibits a time-dependent behaviour as a result of
moisture, temperature and loading conditions [22].
Those phenomena also take into account time-dependent
deformation under constant load and relaxation under
constant deformation. Wood creep is a well-studied
phenomenon, but its effects are usually long-term: it is
unlikely that creep is the cause of the settlement
observed in a two-month period.
The design itself could then be the cause of the observed
instability. A fundamental question is therefore to
quantify the effects of a "non-perfect" shape onto the
stability of a timber gridshell.

4 SUMMARY AND CONCLUSIONS
The following conclusions can be drawn:
 Two distinct areas of the gridshell show
different behaviours: a "strong cross" which
links the opposite anchor points and transfers
loading to the ground, and a "weak cross"
which links the opposite arches.
 The strong cross shows good agreement
between planned and built shape, and is the
most deflected area under loading (after the top
area) for the gridshell without bracing.
 The weak cross shows substantial discrepancies
between planned and built shape, and is the
most deflected area under loading (after the top
area) for the gridshell with bracing. It is also the
area that is observed to be the most affected by
settlement without known loading.
 Residual deflections are always observed after
known loadings, and are several times higher
for the gridshell without bracing compared to
the gridshell with bracing.
 Shape of the arches is shown to depend on the
rotational stiffness of the connectors.
Further work include:
 Upgrading the finite element model to the final
topology of the gridshell, in order to take into
account both the diagonal stiffeners and the
change of connector properties: from rotation
free to rotation fixed.
 Performing finite element analses with the final
topology of the gridshell in order to evaluate
whether the architectural pavilion meets the
EUROCODE 5 requirements with respect to
structural performance.
 Performing sensitivity analyses to qualify and
possibly quantify the effect of connectors on the
structural performance of the gridshell.
In conclusion, this study underlines the need for more
precise modelling of the connections in order to gain
precision in predicting the shape, and consequently
predicting the structural performance of kinematic
timber gridshells.

ACKNOWLEDGEMENTS
The authors gratefully acknowledge the financial support
provided by Innovation Norway. Marius Bakkejord and
Martin Kjellesvik are also acknowledged for their
contributions as part of their Master’s theses.

REFERENCES
1.
2.
3.

4.

5.
6.

7.
8.
9.

10.

11.

12.

13.

Adriaenssens, S., et al., hell structures or
architecture
orm in ing an optimi ation.
2014.
Faber, C., Can ela, the shell uil er. 1963,
New York: Reinhold Pub. Corp. 240 p.
Harris, R., S. Haskins, and J. Roynon, he
a ill
ar en gri shell
esign an
construction Structural Engineer, 2008. (17):
p. 27-34.
Richardson, J.N., et al., Couple orm- in ing
an gri optimi ation approach or single layer
gri shells Engineering Structures, 2013. 2: p.
230-239.
Harris, R. and O. Kelly, he structural
engineering o the o nlan gri shell, in
pace tructures . p. 1: 161-172.
Paoli, C., ast an
uture o
ri
hell
tructures, in
epartment o Ci il an
n ironmental
ngineering.
2007,
Massachusetts Institute of Technology: Boston,
the USA.
Liddell, I., rei tto an the e elopment o
ri shells
Case Studies in Structural
Engineering, 2015.
Harris, R., et al., esign an construction o the
o nlan
ri shell Building Research and
Information, 2003. 31(6): p. 427-454.
Harris, R. and J. Roynon. he a ill gar en
gri shell esign an construction. in
th
orl Con erence on im er ngineering
. 2008.
Baverel, O., et al., ri shells in composite
materials Construction o a
m orum or
the soli ays esti al in
aris Structural
Engineering International: Journal of the
International Association for Bridge and
Structural Engineering (IABSE), 2012. 22(3): p.
408-414.
D’Amico, B., et al., ptimi ation o crosssection o acti ely ent gri shells ith strength
an
geometric compati ility constraints
Computers & Structures, 2015. 1 4: p. 163-176.
Haddal Mork, J., et al. ntro ucing the segment
lath - a simpli ie mo ular tim er gri shell
uilt in ron heim, or ay. in C
orl Con erence on im er ngineering,
rocee ings. 2016. Vienna, Austria.
Li, J.-M. and J. Knippers, orm- in ing o gri
shells ith continuous elastic ro s. 2014,

WCTE 2016 e-book | 2423

14.

15.
16.
17.
18.
19.
20.
21.

22.

Universitätsbibliothek der Universität Stuttgart:
Stuttgart.
Hillersøy Dyvik, S. and J. Haddal Mork,
ri hell
anual, in
epartment o
rchitectural esign, istory an echnology.
2015, Norwegian University of Science and
Technology: Trondheim, Norway.
Pone, S., et al. im er post orme gri shell
igital orm in ing ra ing an uil ing tool.
in
eyon the imits o an. 2013.
Scott Davidson.
rasshopper, algorithmic
mo elling
or rhino. Available from:
http://www.grasshopper3d.com/.
Robert McNeel & Associates. Rhinoceros.
Available from: https://www.rhino3d.com/.
Geosystems, L. eica
isto - Recreating the
real orl . 2015 [cited 2015.
Dassault Systems.
a us nite
. 2015;
Available from: http://www.3ds.com/productsservices/simulia/products/abaqus/.
Systems, D.,
a us cripting ser s anual.
2015.
B. Dahl, K., echanical roperties o Clear
oo rom or ay pruce, in epartment o
tructural
ngineering. 2009, Norwegian
University of Science and Technology:
Trondheim, Norway.
Fridley, K.J. and D.V. Rosowsky, ime e ects
in the esign o
oo structures a re ie
Structural engineering review, 1996. (1): p.
29-36.

WCTE 2016 e-book | 2424

Non-linear load-bearing behavior of girder-supported timber shells
Mike Oppel1, Markus Jahreis1, Karl Rautenstrauch2
KEYWORDS: Numerical analysis, Shells, Joints, Material properties

ABSTRACT: Shell structures make it possible to have well-shaped and wide-spanning supporting structures for representative buildings. An effective calculation of these complex structures is only feasible with FEM. The challenge is to
understand the structure and its real properties and implement these in the model. Since the models are very extensive
the computing capacity is quickly maxed out. A good balance between the real image and the calculable model has to
be found. In shell structures it is necessary to pay particular attention to the problem of stability failure. It is also of
utmost importance to determine the load carrying capacity due to flexibilities of compounds and material reserves resulting from relaxation and displacement of the support. This paper presents the comparison of various models and their
load-bearing reserves based on the example of an existing ribbed vault construction, which has been recalculated.
Moreover, practical solutions for specific connection details are presented. In order to simulate object abnormalities
joints have been monitored: This could be problematic in a conventional design manner. With the newly developed
connectors the special challenges can be met and the adjustment of the desired properties can be achieved in a better
way.

1 INTRODUCTION 123
The Zollinger roof construction from the early 20th century is more or less a ribbed vault made of timber. The
idea is to design a sort of meshed vault by connecting
individual relatively short boards. Each board ends at the
midpoint of the next crosswise positioned one. In this
way the normal forces are perpendicularly led to the next
board, resulting in a weak connection between them. The
spatial structure is manifold over-determined since manual calculation only allows a rough estimation. Due to
the complexity of the joints and the anisotropic material
properties the only reliable technique for a precise analysis of the structure is the finite elements method (FEM).
Fundamentally, the Zollinger system is a smart system
for free standing and wide span roof constructions with a
free-form surface. Furthermore, it enables the effective
use of material and impressively formed structures.

2 NUMERICAL MODEL

struction was designed to cover a thermal bath. It has a
span of 48 - 65 x 14 - 40 meters without posts and it is
shaped as an arched surface structure. The slope and
curvature changes throughout the surface.
A natural 3D free-form vault was created with construction software and using non-uniform rational B-splines
(NURBS). The cladding is designed as a kind of ribbed
timber vault. While the rib grating is made from threemeter-long girders of glued laminated timber with
changing height in accordance to the Zollinger shape, the
covering consists of multiple layers of crosswise positioned boards fixed by screws. This creates the load
bearing system of a ribbed vault.
There are some details in the construction or in the process of assembling it which need to be considered for
calculations in order to find a realistic model. These are,
for instance, induced internal stress by the curvature of
the boards, the joint between the ribs and the shell carrying the shear and normal load, as well as the segments of
the ribs mounted perpendicularly to the next segment.

2.1 LOAD BEARING SYSTEM
A roof construction with a free-form vault consisting of
wooden stiffeners with curved areas that have positive
and negative gradients was recalculated. This roof con1
1
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Figure 1:

Ribbed timber vault of the “Tuscany Thermae”
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Figure 2:

Girder with changing cross section,
Photo: Trabert [1]

2.2 NON-LINEAR LOAD BEARING BEHAVIOUR
Shell structures are singly or multiply curved surface
structures with a thickness many times smaller than its
length and width. The load transfer can take place in all
directions, which distinguishes the shell structures from
plates and discs. Compared to planar structures, the load
capacity of shell structures is many times higher since a
large portion of the load is transferred by the membrane
effect. As opposed to plate and sheet structures, shell
structures are structures with an arbitrarily curved central
area. The shell can be described by this curved surface as
well as the associated thickness vector. For a better description of the surfaces, which are located in threedimensional space, a transformation into twodimensional surface coordinates is necessary. Such parameterized base areas are relatively easy to convert to
bicubic NURBS surfaces. The generated amorphous
group of points is divided into sets of orthogonal ribs
according to the Zollinger construction method; the
respective intersections of the ribs are connected by
cubic splines.
The cubic splines in both directions result in a bicubic
patch of C2-contunuity, which can be generated out of
four spline-sections at the crossing points of the grid.
Due to the mutual cubic splines bicubic areas with C2continuity along the edges can be generated based on the
four spline sections. The hereby gained advantage is the
nonsingular description of the shell. The analysis of the
shell also depends on the selected element type and mesh
size. It is generally necessary to select adaptive mesh
densification in areas of supports and discontinuous
loads as well as large differences in geometrical and
physical rigidity. In the course of the numerical calculations other mesh-influencing factors i.e. additional convergence conditions also have to be considered. In this
manner inaccurate results and mesh dependencies can be
avoided. With respect to the stability behavior of shells,
a distinction is made – just as it is with frame constructions – between stress failure and stability failure. However, stability failure is the more critical case because in
comparison to stress failure it can lead to sudden failure
with no warning. Since shell structures are threedimensional structures the stability behavior is even

combined in the different dimensions. It can be distinguished between two types of stability problems: snapthrough buckling problems on the one hand and bifurcation problems on the other. In shell structures the problems are typically of buckling nature; this is usually
taken into account with deviations in dimensions in the
form of imperfections with an affinity to the relevant
‘normal mode’ forms. Of particular importance is a basic
form without singularities of the shell structure. The
buckling factors can not be determined with certainty for
existing corners, breaking points or areas with a lack of
connection between the shell and the supporting ribs.
The above mentioned singularities as well as locking
effects and in particular breaking points or creases create
a kind of bearing line within the folded structure, thus
leading to a temporary stiffening or reinforcement of the
structure. As a result, there is less deformation, which in
turn leads to a greater buckling factor. This means that
the structure reacts more sensitively to unsymmetrical
loads and in the worst case could suddenly fail under
much smaller loads in practice. Bifurcation problems
usually occur in geometrically perfect shells, which are,
however, generally not found in the construction industry. Therefore, it is essential to take imperfection into
consideration for the calculation of shell constructions.
The decisive factor is the ability of membrane loads,
which occur within the shell, to be transformed into
flexural stress by means of larger imperfections. The
following illustration shows the NURBS surfaces as a
starting model for the determination of the natural forms
and the subsequently necessary affine imperfections.

Figure 3: Approximated surface with NURBS

Usually, however, the bending rigidity of a shell is much
less than its membrane rigidity. In many cases this leads
to large structural deformations and thus to failure of the
entire structure. Ultimately, shell structures are comprised of very complex relationships that can usually
only be solved by means of finite element methods.
Beginning with the program version ANSYS 11.0, it is
generally possible to perform simulations for nonlinear,
unstable structures. This includes issues such as postbuckling effects, snap-through buckling problems with
significantly lower failure loads compared to the actual
material failure. In order to ensure convergence behavior
of such systems, numerical damping processes are used.
An unstable structure is typically characterized by a load
displacement curve that has very large deformations
even at low load increases. However, a clear prediction
of stability failure is therefore only partially possible [4].
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The figure below shows a possible type of stability
failure.

The appropriate programs such as Rhinoceros, Geomagic or ICEM of Ansys can produce the individual areas in
an advantageous manner in the direction of the normal
vector with coincident nodes.
After the surfaces have been created in the form of
NURBS with normal direction extruded ribs and board
layers along with suitable meshes for the different types
of elements with an adaptive network, the parameters
and sensitivity studies can be started. This requires a
change in the results for the stresses and strains that are
less than 5 % between the respective next level of discretization as well as the element coordinate system
based on the structure of the wood element. A range of
material ± 10 % with a Gaussian distribution and the size
of the relevant imperfections were examined as input
variables.

Figure 4:

2.4 Influences of element type and mesh size

Potential post-buckling behavior of the structure

Figure 4: shows large deflections, which exceed the
degree of usability by a thousand times. However, it is
questionable if the shell structure would really display
such a level of post-buckling. This is partly due to the
fact that the system rigidity of the structure does not
change during the calculation. In addition, neither material deconsolidation nor loosening of the rib connections
is taken into account in the present shell model. With
such large deformations and restraints within the structure, the rigidity of the system would have long since
been depleted and all material destroyed. This type of
evaluation merely serves to show the theoretical buckling behavior in order to identify the potential failure
form, which would occur at the time of the snap-through
buckling. The eccentric arrangement of the ribs underneath the shell as well as the number of board layers and
their orientation, which are almost at right angles respectively between the individual layers, should not be neglected.
2.3 Implementation in the form of a model
Due to the different radii of curvature, it is important to
extrude the surfaces of the ribs and the shell in the direction of the normal vector. Otherwise there will be flaws
or component junctions with the associated faulty rigidity distributions.

Figure 5: Element gaps and misclosures

The central point of this work is the study of different
types of elements and their impact on the calculation
results; wherein an interdependency of the mesh variables was also included in the studies. Starting from the
simplest elements usable for the vault structure – the
shell elements – the elements were tested with different
element variables, in particular with different element
types. An increase in the model discretization resulted in
the combination of solid and shell elements; wherein the
vault structure was modeled by the solids and the ribs
were modelled by the shell elements. That was followed
by a purely solid model. Comparative studies were conducted for combinations of linear and quadratic element
types in shell-shell, shell-solid and solid-solid combinations. Between the respective board layers and within the
edge girders the element connections were achieved with
contact elements. Furthermore, only quad elements were
taken into account in order to avoid adverse effects that
result from triangular elements that have a too rigid
effect. The following explains briefly how the kinds of
elements and size of the mesh can affect the calculation
results. In the first calculation a buckling analysis was
carried out with coarsely meshed linear shell elements. It
is generally known that these elements have a stiffening
effect. Therefore, a calculation was accordingly performed with square shell elements. The computation
time for elements with square shapes takes much longer
due to the fact that there are twice as many nodes. Therefore, it was necessary to establish a network for linear
shell elements that produced similar results to the square
elements (see comparison in Figure 6:). The mesh was
made finer until the finer meshing no longer improved
the buckling analysis. Although this newly created mesh
for linear shell elements has a finer element spacing and
as a result a larger number of nodes, the calculation time
is still significantly faster due to its linear calculation
approach. A comparison of the buckling loads in relation
to the applied loads with varying meshes with in the
different Shell-Elements is shown in the following diagram. The Shell181 is a linear 4 node Shell-Element. For
quadratic Elements the Shell282 with 8 nodes is used.
The diagram shows that a finer mesh of the linear shell
elements can provide the same calculation results as a
buckling analysis with square shell elements.
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Figure 6: Mesh interdependencies

Due to the higher discretization level of the FE mesh for
linear shell elements there was compensation for the
disadvantages compared to the square shell elements.
For further calculations the linear shell elements with a
finely discretized mesh were used due to the faster calculations times.
2.5 Determination of a substitute cross section for
the ribs
In Figure 2 it is evident that the existing ribs have varying cross sections. In order to have a cross section with a
constant height for the FE calculation, a substitute cross
section had to be determined. For this purpose a rib with
the rigidity according to the planning documents was
selected and defined as a reference cross section. At the
same time another girder was created in ANSYS. Both
girders were exposed to the same stress conditions: fully
fixed at both ends and a fork bearing in the middle due to
the transverse ribs.

Figure 7: Substitute rigidity for the rib cross sections

The respective upper part of the two girders has a constant cross section along the support axis. In order to
represent the same rigidity and deformation ratios, it was
necessary to define the lower part of the girders as having an identical flexural rigidity EI as the upper part.
Due to the constant height of the abstracted girder the
stiffness (Young’s modulus) had to be described by a
function along the girder axis. Another adaptation of the
rib geometry in favor of simplification of the FE model
consisted of the adjustment of the girder width, so that
an optimized element size could be used.
The original documents showed that the original ribs
have a width of 16 cm. These serve as supports for the
roofing directly above it. The contact surfaces between
the two structural elements are connected by a flexible
joint with screws. In order to ensure that the contact
stresses can also be displayed with sufficient precision in
the case of uneven load applications in the ribs, the grating of the girder has to be comprised of a least two elements across the rib width.

Based on such a small edge length and the square elements required for avoiding stiffening effects there
would be a large number of elements in the model. In
order to limit the number of these elements to an acceptable level, the width of the ribs was set to 20 cm and
the properties for strength and stiffness were adapted
accordingly. The adjustment of the girder width resulted
in the new FE model only having about one-third of the
elements as the original did with the original dimension
of the ribs. This is due to the fact that all of the elements
within the contact area between the girder and the roofing also represent points of restraint for the shell meshing and would lead to a large number of additional elements as a result of the low angle deviation within the
square element. The girder height was set at 20 cm. For
one, this was the approximate average height of the variable cross section of the original ribs. Secondly, a section height that was too high at the joints had to be
avoided so that their bearing capacity would not be overestimated. The height of the cross section was divided
into five sections which equates to a lamination layer
thickness of 4 cm. The amount of spare cross section
was divided into five elements, which corresponds to a
segment thickness of 4 cm. This ensured a slab solution
because of the ration of element length to element thickness. Afterwards an optimizing calculation was carried
out in order to determine a material factor which provides the same rigidity in the substitute cross-section as
compared to the original cross-section.
2.6 Modeling flexibility
Based on the spatial structure, the large number of curvature changes and various mountings for the edge girders,
which are on steel columns and massive concrete columns, the steel façade columns in varying heights were
calculated with an equivalent load deflection curve with
consideration for stability failure. The buckling load,
depending on the column length, is shown in the figure
below and characterizes the decrease of loads that can be
absorbed depending on the column length.

Figure 8: Buckling loads of the facade columns

The facade columns were modeled with the basis
flexibility as springs according to the respective column
lengths. Since the structure of the “Tuscany Spa” in Bad
Orb is a composite structure composed of several board
layers and individual ribs it was necessary to develop an
effective model of the contact zones. For this purpose,
modeling using contact elements was carried out in
selected calculations.
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After the geometry was generated and a heterogeneous
structure was created based on the allocation of the
material properties at the layer boundaries, the so-called
cohesive zone model to describe the load transmission
between the single board layers was implemented. The
CZM (cohesive zone model) forms the basis for the
introduction of cracks or causes an opening of the
contact in the prescribed direction as soon as a critical
value for the combination of the transmitted normal and
shear stresses is achieved.
That means that it can be assumed that in the beginning
there is a complete joint in the construction, which,
however, automatically cracks when the maximum
permissible stresses in the shear between the individual
layers is exceeded. The components in the normal and
the tangential direction are coupled together for both
load and shear stress transmission. Cohesive zone
models show tension-shear-stress dependencies, which
originally illustrate the damage in the ductile phase
before the cracked state occurs. This makes it possible to
determine the variable rigidity based on the different
number of board layers and stress overloads as well as
the resulting load redistribution. Furthermore, it is then
possible to better examine the transverse failure in the
shell direction as well as within the ribs. A partial detail
of the edge girder with a transverse failure is shown
below in a super elevated illustration with unselected
contact elements. In the area between the load
application by the connected ribs a kind bearing pressure
can be seen within the black ellipse. Due to the
geometry-related form of the shell with a curved outer
shape the restraining internal forces and moments can
gain significant influence. In the present case, the
respective transverse pressure on the edge girder is
significantly larger than the allowable stress
perpendicular to the grain.

2.7 Generation of the load bearing conditions
In the first approximation calculations simplified assumptions regarding all the nodes have been made in the
area of the load bearings. Here, it is assumed that the
nodes are supported by a rigid mounting, knowing that it
is not a proper support for a membrane. For the first
calculations, however, this assumption should be sufficient. If one considers that in the area of the support of
the edge girder is additionally screwed to the support
block and the ribs as well as parts of the shell are connected to the support with perforated plates as a kind of
tension member, this assumption represents the structural behavior at the beginning of the calculations with
sufficient accuracy. Disadvantages of this modeling
method include partially false representation of the loads
that are not suitable for the membrane, an overestimate
of the structural effectiveness of the large rotational
restraint, generation of singularities in the transition
areas of load bearing. Therefore, it is absolutely necessary to model the concrete bedding in order to make it
possible to have load bearing conditions suitable for the
membrane in the curved form of the shell plane. The
shell is now able to transfer the stress without a bending
moment to the load bearings free of discontinuities in
these areas. The next figure shows a bearing point with
the tangentially required curved contact surfaces for the
edge girders.

Figure 10: Undulating bearing area for edge girders

Figure 9: Lateral tension failure at the edge girder

The applied loads lead to a lateral tension failure
between the ribs. As a result they have lower capacities,
cracks, large deformations and more sensitive support
structures. Particular attention should be paid to the
beveled grain direction for the glued laminated timber in
order to determine the rolling shear and, as indicated, the
resulting flexibility in detail.

In addition to a bearing suitable for the membrane, the
edge girders and, in particular, the coordinate systems of
these elements based on their orientation to the wood
grain have to be examined. As a natural cellular building
material, wood has very inhomogeneous and anisotropic
material properties. In the case of glued laminated timber
there has already been a wood quality selection process,
but this still does not rule out existing knots or small
cracks. For undulating shells, it is also necessary to integrate the form of the wood cross sections into the planning early.
Truncated edge fibers in compression or tension areas,
cross connections and loads – both in longitudinal and
transverse directions to the grain – have to be recorded
throughout the structure. Differences in rigidity in the
range ~ 1/30 between longitudinal and transverse grain
directions demonstrate the associated interdependencies
with the resulting stress and deformations.
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For the reasons stated above, it is necessary to align the
element coordinate systems with all the wood cross sections along the girders with respect to the glulam layers.
Figure 11: is an impressive representation of the kinds of
deviations that can occur between the glulam layers and
the coordinate system. On the right the element coordinates systems were aligned with the glulam layers, in
order to determine the differences in rigidity and strength
numerically.

The original idea of designing a structure that – due to its
own weight – only has compression stress is hardly applicable for the changing curvature at hand.

Figure 12: Additional third board layer and edge girder

Figure 11: Twisted element coordinate systems

Under uniform and symmetrical loads, however, tensile
stress can be detected in certain ribs. Especially with
unbalanced load positions there are ribs with nonnegligible tensile stress.

In this way, the load shifts from the ribs with their transverse compression behavior can realistically be used as
an influencing variable for a sensitivity analysis. Although the rib joints are secured with dowels, perforated
sheets and full-thread screws, the significantly more
flexible system behavior due to the transverse compression stress is still dominant.
2.8 Formation of joints
Since the roof structure covers a brine pool, there is an
increased chemical load on all components. Therefore,
the engineering firm Trabert & Partner attempted to
reduce the number of connections made of metal to a
minimum. The joints between the individual ribs were
formed as dowel connections; whereby a piece of steel
tie was applied on the top side for non-tangential location fixation. Furthermore, four fully threaded screws
were inserted into the joint crosswise. Thus each rib is
fixed by means of two fully threaded screws, which for
one serve as location fixation as well as for better load
transmission. The edge support was comprised of 25
sections, which were assembled on site.
The formation of the joints was carried out by means of
milled steel plates and dowels. From a structural point of
view tensile forces in the edge girder should be transferred by means of the dowel and steel plates to the
joints; just as compression stress should be transferred to
the joints by means of contact pressure. During the
course of calculations different weaknesses in the structure could be localized. In addition to distinctly recognizable local effects with stability failure or areas with
exceeded transverse compression and ultimately transverse compression bearing capacity as well, the simulation made it possible to locate sections which contribute
with a partial third board layer to an increase in bearing
capacity and a significantly more ductile system behavior. These areas are typically found in the transitions of
the shell bends. The stress differences between shells
with varying radius of curvature can be seen as a systematic weakness.

Figure 13: Rib areas under tensile stress

Tensile stress in the range of about 2.0 kN/m²
(= 0.2 kN/cm²), which would be negligible along the
column axis, can cause shock tensile loaded areas. In
these areas, the underside of the ribs is not structurally
designed for such loads, since only the full-thread screws
are able to transmit a tensile component. Accordingly,
gaping in certain joint areas can not be ruled out.
2.9 Other system dependencies
The aforementioned influences of the support in the area
of the façade columns and the bearing blocks are supplemented in subsequent calculations with the flexibility
of the subsoil (soil-structure interaction) and creep deformation of the timber. In general, it can be stated that
with a more flexible system behavior larger deformations can occur. This process goes along with greater
security with respect to snap-through buckling. This is
particularly true with respect to unbalanced load positions. A rigid support can result in small deformations
with balanced loads; However, in the case of an unbalanced load position, for example from snow that only
remains on the north side, a significantly earlier calucalatory snap-through buckling can occur. Since the support bearings are not so rigid in reality, but instead have
flexibility in the form of foundation settlements, soilstructure interaction is essential for a realistic determination of the snap-through buckling loads of the structure.
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The next picture shows an area of the structure where it
looks like an arc. For unsymmetrical load cases a snapthrough buckling will occur, by articulately abated loads.

Figure 14: Snap-through buckling problem with an
unsymmetrical load

Motivated by the knowledge gained that existing flexibility can be considered beneficial, the creep of the wood
was ultimately implemented in the model. This was
based on the normative approaches according to
DIN EN 1995 and is explained in the following section.
2.10 Long-term impact resulting from creep
As has been known for many centuries, the building
material wood has a time-dependent deformation behavior. Creep is the material behavior used to describe a
material when it deflects its load. However, it was not
until the 20th century, with the engineering analysis of
wood, that this aspect was paid more attention. The resulting effects began to be analyzed and taken into consideration. In this context it was, in particular, the material parameters that actively influence the creep process
that were given attention. A stochastic survey was desperately needed, particularly since only a very limited
selection of data was available. Another point in the
research was the illustration of this phenomena by means
of numerical methods. Due to the fact that the timber
deflects its load during creep, there is a redistribution of
internal forces in the cross-section. Since this process
stops immediately upon load application, it is necessary
to make a long-term study of the component. There is
now a great deal of research and numerous normative
specifications which have demonstrated stiffness reduction in long-term studies. This can have an impact on the
system behavior that is not insignificant. Thus, the rigidity is reduced by 1/(1+kdef), for example, according to
DIN EN 1995. The structure of the Tuscany spa in Bad
Orb, which is considered in this work, has a decrease in
rigidity of 1/(1+0.6), for the quasi-permanent measurement situation. The intensity of creep shows existing
dependencies for wood moisture, wood type, elasticity,
temperature, degree of utilization and stress-grain orientation [4]. In addition, compression creep in solid wood
is always greater than tensile creep, regardless of whether this takes place parallel or perpendicular to the grain.
For pure bending in solid wood creep achieved approximately the same magnitude as compression creep. The
current standard does not distinguish between compres-

sion and tensile creep. It only takes into account creep
deformations due to compression, because these usually
deliver results that are on the safe side. In the example,
however, it sometimes leads to a better structural behavior, which is not the case in reality. An analysis of the
creep behavior in the model without consideration for
other signs leads to greater creep deformation in the
tensile areas and thus the flexibility of the overall system
is overestimated. To work around this phenomenon a
sign-related creep law had to be implemented in the
model. The implementation in Ansys was carried out via
the interface Usercreep. The deformation factor for tensile creep was defined as kdef = 0.2 and kdef = 0.6 for
compression creep. The spatial bracing is achieved by
means of supported edge girders, which completely
enclose the curved shell. It is therefore of utmost importance that the edge girders be supported in a way that
is suitable for the membrane so that stress from torsion,
rolling shear and lateral tension do not achieve a measurable relevancy. A creep test refers to the application of
a constant load on a component over a longer period of
time in order to analyze the increase in elongation under
constant load. Furthermore, the behavior of the creep
strain after removing the load was examined. In order to
calculate the impact on the long-term behavior due to a
full load on the entire structure, the impact resulting
from the change of load between permanent loads and
additional snow loads was determined - calculated as a
time-dependent calculation. For practical considerations,
it is evident that for the alternating loads there will neither be a spontaneous full load nor a spontaneous unloading. For these reasons, the load for the loading situation full load (including the snow load) over a period of
900 h is continuously applied, maintained for about three
months, and again reduced over a period of 900 h to the
load level own weight. The cycle of loading and unloading is repeated four times in total, which corresponds to
a total time of around 40,000 hours. The following diagram shows the deformation history over the period
mentioned.

Figure 15: Creep due to alternating loads

The diagram illustrates the non-linear increase in the
permanent deformation at constant load. The respective
cracks result from the alternation of load cases between
own weight and own weight plus snow. They show that
it is not relevant for the load case full load, whether it is
assumed that there are alternating loads or full load from
the beginning over the full time period. Thus, the final
dimension of the deformation is identical, only the in-

WCTE 2016 e-book | 2431

formation about the load change is lost. The following
figure shows the course of the load redistribution based
on the deformation over a total time period of 20,000
hours.

influence of the choice of the FEM model and the importance of estimating wide span and slim or shellshaped constructions with high-quality simulation.

Figure 17: Comparison between the different Models
Figure 16: Stress-redistribution as a consequence of
directional creep [3]

The results of a creep analysis including signs show that
zones in tensile stress become more rigid than the zones
in compression stress. This results in much lower deflections than in the case without differentiation of the creep
behavior. Thus, the maximum deflection is now 11.5 cm
instead of 15 cm and the maximum permissible buckling
load increased from 2.15 kN/m² to 2.5 kN/m². This corresponds to an increase of the load capacity with respect
to stability failure by 16 %.
2.11 RESULTS OF MODELLING
There is a high demand for analysis and precise modelling for these kinds of sensitive structures. Noncontinuous passages of elements lead to extremely high
and unrealistic stiffening and failure at comparably small
changes of loading. The used elements have a significant
influence on the solution and the solvability in general.
In order to evaluate the behaviour of the structure typical
linear elements as well as simple shell elements without
eccentric connections to the girders are not appropriate
and realistic enough. Standard elements are connected to
the shell at the midpoints and the eccentricity is disregarded, resulting in overestimation of the ductility. Thus,
the danger of snap-through buckling is underestimated.
Further investigations of stability are necessary to determine the load bearing behavior and especially the
sudden collapse and post-buckling behavior. Comparing
the analysis of the construction with normal calculation
software using girders to FEM with shell elements will
overestimate the load capacity by about 300 %. In the
case of shell elements, the buckling load becomes a
critical criteria prior to the failure of material. A higher
meshing rate reduces the buckling load by 13 %. Upon
re-examination with high order shell elements the buckling load had to be reduced to 60 %. Within the curved
areas of the vault the shell elements overlap or have open
ends. Therefore, in a further step the vault was implemented with solid elements, but the ribs still with shell
elements. In result, the buckling load was reduced to
40 %. Using solid elements for all parts of the construction reduced the load to 20 %. This demonstrates the

However, by considering more aspects of material properties, ductility of the joints, displacement of the bearings, and creep of the timber the resulting load may
change again. Another important influence is the choice
of the element types. They should represent the multilayer composition of the wooden vault, the joints and
connectors between the single boards as well as the girders. Furthermore, the elements and node coordinates
should be rotated according to the 3D-position within the
vault. All together, the buckling load can be re-increased
to 27 % compared to the model with usual shell elements. The solid elements make it possible to consider
the diagonally directed boards of the vault and the resulting load carrying action. Further effects as softening,
strain perpendicular to the grain, rolling shear and leverage effects at fasteners can be considered, too. Due to the
distinction and anisotropy of the timber the stress is
distributed non linearly and the superposition principle is
no longer valid for such non linearities. Additionally, the
simplified evaluation of the usability can lead to deficient stress resultants.

3 CONSTRUCTION DETAILS IN RESEARCH AND DEVELOPMENT
The closer consideration of the construction details while
re-estimating the curved construction has lead to further
development of mounting and jointing elements. Gluing
is an appropriate mounting method to realize a stiff connection between wooden elements. The difficulty arises
for surface mounting on the side. In reality, there are
always unavoidable tolerances while assembling the
construction. When using glue, the surrounding conditions must be appropriate for humidity and temperature.
The gap between the gluing partners has to be smaller
than two millimeters. The glue itself has to resist multiple stress directions, especially at the arcuated boards.
Therefore, a polymer resin with a filling consisting of
mineral grit or sand was tested for several assignments in
jointing. The filled grout has a very high resistance to
compression (up to 100 MPa) and shear and it makes it
possible to bridge large gaps of several centimetres.
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Furthermore, it works as a very strong adhesive between
the partners beside the gap, due to the epoxy resin. The
grout can be used to mount structural elements of different materials also in on-site conditions.
3.1 RIBBED SLAB
The direct and stiff connection between girder and shell
enhances the stability and load bearing capacity of a
ceiling or a slab. A polymer grout can be used for
mounting the shell to the rib. It can be used not only to
construct free form vaults but also to strengthen ceilings
in existing buildings. The grout makes it possible to
equalize displacements or leaks of the girder. A
strengthening of the timber structure is possible with the
grout, due to the high load bearing capacity and customisable stiffness. The decking, made of boards or
derived timber products, can be mounted directly with
the grout. In this way a composed structural element
with specialised properties can be created. The load
bearing capacity as well as the stiffness of a construction
can be enhanced significantly with this convenient technique. This can be especially interesting for refurbishing,
because the intervention in the fabric is low. In the case
of new construction, the rigidity of the structural elements can be regulated with the thickness and the properties of the grout. This makes it possible to comply with
the real structural behaviour of the estimated model.

direction. To counteract this problem, a jointing system
was developed with cast-in connectors. This allows the
compression or the tension forces to be transmitted
through the crossing girder, for mounting a girder to a
post, or for assembling optional structural elements.
Due to the possibility of transferring compression and
tension forces, it also makes it possible to connect bending girders or corners of frames and transfer the reaction
forces of the bending moment. To realise the transmission of high compression forces, a drill hole or an optional shaped cut-out is filled with polymer grout. The
diameter of the hole depends on the force. The amount
of damage to the crossing girder is low, because of the
high compression resistance. This is important especially
in the case of transmitting compression forces through
another bending girder. For joints with tension forces,
connectors as metrical threaded rods or other standard
connecting elements can be casted into a drill hole with
the polymer grout. Due to the very good bond with the
timber, the grout transmits the tension forces to the timber. The connectors allow for conventional assembling
with timber, steel or concrete structures. Further explanations of the cast-in connectors and possibilities of
joints can be found in paper 71 of this conference [4].

Figure 19: Specimen for post- and lintel-joint as model and in
test setting

Figure 18: T-girder made of glulam, polymer grout and
plywood in experimental setup

3.2 TRANSMISSION JOINTS
The particular thing about Zollinger construction is to
create a large span vault with sparse material inventory.
Therefore, relatively short girders are used, which are
alternately connected to the middle of a crossing girder.
If glancing from underneath, it seems like a fishnet.
However, the problem is the joint between the end of
one girder and the middle of the next. The normal forces
of the girders in same direction have to be transmitted
through the crossing girder perpendicular to the grain. In
the case of the present object, the joint was realised with
glued-in hardwood dowels. It really is a laborious procedure to assemble the members with the dowels and fitting drill-holes without the possibility of adjustment. The
problem with transmitting is not only a question of those
special constructions. It is also well-known in post and
lintel systems or in the ceilings of full-timber houses.
The load bearing capacity of the timber perpendicular to
the grain is about a tenth of the capacity in the parallel

Figure 20: Compression pillars and cast-in connectors
for tension

3.3 SHEAR CONNECTOR
In the case of the present object with a ribbed vault, the
connection between the single board layers and the rib is
of special interest. The roofing was made of single
boards in several layers with crossing direction. These
boards were fixed and bent towards the ribs. Adhesive
was put on the surface and the bowed boards were fixed
with screws. Hence, additional stress is applied to the
boards and it appears perpendicular to the grain. Normally, the joint has to carry shear and bending stress. The
load bearing capacity of the joint can be overstrained
quickly with the additional stress towards the weak direction. Furthermore, the crossing glulam layers can
collapse as a result of rolling shear. The performance of
the joint defines the stiffness and behavior and the trueness of the model significantly.
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To apply a pre-definable connection, a special solution
was developed and tested with cast-in connectors. Therefore, a self-tapping fully-threaded screw can be used
during assembly to fix the girder in the right position. In
the area of the crossing girder, the screw is inserted into
a hole with a larger diameter, which can be pre-drilled in
the workshop.
After assembly, the hole will be filled with a special
polymer casting resulting in a reinforced column with
high load bearing capacity in compression, tension and
shear. With this cast-in shear connector, the forces of the
outer layer can be transferred to the rib. Further explanation of the system and of the simulation can be found in
paper 71 [5] and 858 [6] of this conference. Aside from
the previously mentioned aspects, it enables a correct
and easy assembly with very high fitting accuracy. In
order to regulate the bearing properties and stiffness, the
polymer-filled drill hole can be elongated inside the
main girder. The polymer casting shows good bonding
behavior to the wood and aids in distributing the forces
into the wooden elements. The stiffness of the material
can be regulated with the grade of filling. The properties
of the joint can easily be influenced by the parameters of
drill-hole diameter, screw diameter, stiffness of polymer
cast and length of drill hole.

Figure 21: Cast-in shear
connector after test
with combined load

Figure 22: Damage of
surrounded
wood after shear
test with fully
threaded screw

Figure 23: Cast-in shear
connector after
test with shear load

Figure 24: Simulation of
test with yielding
area

4 CONCLUSIONS
There is a high demand for realistic and high quality
simulation to estimate and construct wide span and slim
constructions. With the usual shell elements, the load
bearing capacity will be overestimated because of the
imprecise ductility and locking effects of the shell elements. More realistic material properties, ductility, creep
of timber, joint and bearing behaviour, and geometrical
aspects can be considered with solid elements. However,
to reduce the volume and computation time of the model
a smart choice of the elements and meshing as well as
the rotation of the element coordinate systems is important.
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INFLUENCE OF WALL LOAD-DISPLACEMENT SHAPE ON SEISMIC
PERFORMANCE OF WOOD-FRAME SHEAR WALL STRUCTURES
Jeena Jayamon1, Finley Charney2, Francisco Flores,3 Philip Line4
ABSTRACT: The research presented in this paper investigates the influence of varying load-displacement shape on the
computed FEMA P-695 seismic performance metrics including collapse margin ratio (CMR) for a subset of the woodframe shear wall building designs that were developed for the FEMA P-695 wood-frame example. Variation of loaddisplacement shape is accomplished by modification of three key parameters in the familiar 10-parameter CASHEW
model: peak strength, displacement at peak strength and post yield stiffness. These parameters are varied to gain insight
into trends in seismic performance for wood shear walls exhibiting different load-displacement shape compared to
baseline assumptions of the FEMA P-695 wood-frame example. Investigation is conducted without P-Delta to
reproduce the baseline evaluation and also with P-Delta effects included. For the range of parameters variations
evaluated, it is generally observed that improving the peak strength parameter and post yield stiffness parameter has a
greater effect on improving the collapse performance, as measured by CMR, than does an increase in the displacement
at the peak strength parameter.
KEYWORDS: Wood-frame Shear Wall Buildings, Seismic Analysis, Wood Shear Wall Hysteresis Model

1 INTRODUCTION 123
Wood-frame shear wall structures are widely used for
residential and non-residential buildings worldwide.
Wood-frame shear walls consist primarily of wallframing studs designed to carry the gravity loads and
sheathing that is nailed to the wall-framing studs to resist
lateral loads including earthquake and wind loads. The
most commonly used and studied wood-frame shear
walls employ wood structural panel sheathing such as
plywood or oriented-strand board.
The wood shear wall exhibits a complex nonlinear
hysteretic energy dissipation response with pinching
behaviour and with strength and stiffness degradation.
One of the most widely used hysteretic models for wood
shear walls is CASHEW developed by Folz and
Filiatrault [1] as part of CUREE Caltech Wood-frame
Project. This model is applicable for wood shear walls
with nailed sheathing-to-framing. In CASHEW, the
hysteresis model of the nailed sheathing-to-framing
connection is used to generate the cyclic loaddeformation response of the wood shear wall. As shown
in Figure 1, ten independent parameters are used to
completely define wood shear wall load-displacement
hysteresis response. These parameters are functions of
1
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wood shear wall construction and design features such as
thickness and grade of the sheathing and size and
spacing of the sheathing-to-framing nails.
The seismic response of a wood-frame shear wall
building, specifically the collapse behaviour, is closely
tied to the hysteresis response of individual wood shear
walls. Out of the ten independent hysteretic parameters,
peak strength (Fo), displacement at peak strength (Du)
and post yield stiffness (r2) are identified as significant
factors to enable evaluation of varying characteristics in
observed load-deformation behaviour of wood shear
walls of high and low aspect ratio and to account for
strengthening and stiffening effects due to presence of
finish materials such as gypsum wallboard, length of
shear wall, and nailed sheathing in excess of what is
required by minimum design. High aspect ratio wood
shear walls exhibit reduced initial stiffness, reduced peak
unit shear strength, increased displacement at peak load
and increased values of post yield stiffness relative to
low aspect ratio wood shear walls of the same
construction.
The research presented in this paper is an effort to
investigate the influence of the selected hysteretic model
parameters on the FEMA P-695 [2] seismic response
evaluation metrics. These includes seismic overstrength
(Ω) and period based ductility (µT) based on nonlinear
pushover analysis, collapse spectral acceleration (!"# )
and collapse margin ratio (CMR) based on incremental
dynamic analysis (IDA). The models in this research are
based on two of the three-story models used in the
FEMA P-695 wood-frame shear wall example and
address shear walls with low and high aspect ratio.
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Numerical models were developed in OpenSees [3] to
perform nonlinear static and dynamic analysis up to
collapse level of deformations and the seismic response
evaluation metrics were derived.
The hysteresis model parameters for the FEMA P-695
wood-frame example represent the baseline case in this
paper and were derived by fitting the experimental data
available at the time. Later additional experimental test
data suggested a reduced unit shear capacity and
improved displacement capacity for high aspect ratio
walls. Analytically this behaviour can be modelled by
adjustment of the Du parameter in combination with Fo
and r2 parameter and these modified parameters provide
a better fit of the hysteresis response to more recent
shear wall test data. In addition to investigation of
reduced values of Fo parameter, increased values of Fo
parameter is investigated to account for the greater
strength due to factors such as conservatism in design or
presence of sheathed wall in excess of that required by
design.

designed by applying a strength capacity reduction
factor. The factor used for design is based on the reduced
stiffness and is the more severe of factors to account for
reduced strength and stiffness of high aspect ratio shear
walls. The corresponding modelled strength was not
reduced by this design factor leading to greater levels of
overstrength in high aspect ratio shear wall models
relative to low aspect ratio shear wall models. Both of
the models had 3 stories and story height was 10 ft. The
models belong to seismic design category of Dmax (with
SDS = 1.0g and SD1 = 0.6g).
The building designs used oriented strand board (OSB)
and plywood as the sheathing material at different levels
as shown in Table 1. 8d and 10d common nails were
specified for the design models with a sheathing edge
nail spacing of either 2" or 6". The shear wall length for
low aspect ratio wall model was 9# and was 3# for the
high aspect ratio wall model. Table 1 summarizes
additional design details of the selected models.
Table 1: Design features of selected FEMA P-695 building
models

Shear
Shear
Wall
Sheathing
Wall
Length
Nailing
(ft.)
IM 9 (3 Story Low Aspect Ratio Model )
3
9
7/16" OSB
8d at 6"
3
9
7/16" OSB
8d at 2"
3
9
19/32" PLWD 10d at 2"
IM 10 (3 Story High Aspect Ratio Model )
6
3
7/16" OSB
8d at 6"
6
3
7/16" OSB
8d at 2"
6
3
19/32" PLWD 10d at 2"

Story
Level
3
2
1

Figure 1: Wood Shear Wall Cyclic Load Displacement
Response (adapted from Folz and Filiatrault 2001)

2 BUILDING MODELS
Building models used in this study are based on two
building designs (referred from here on as index models
- IM) from the ATC 63 project for the development of
FEMA P-695 wood-frame example. These buildings
were designed based on the design requirements of
ASCE 7-05 [4] and Special Design Provisions for Wind
and Seismic, SDPWS-08 [5].
2.1 DESIGN FEATURES
The first building model (IM 9) was designed for a
commercial building plan having a wall line length of 40
ft., spacing between wall lines of 80 ft., and low aspect
ratio shear walls. The second building model (IM 10)
was based on a residential building model plan having a
wall line length of 40 ft., spacing between wall lines of
25 ft, and high aspect ratio shear walls. Aspect ratio is
defined as the height-to-length ratio of load resisting
wood shear walls. For low aspect ratio models, the
height-to-length ratio is 1.11. The height-to-length ratio
of the high aspect ratio models is 3.33. As per the design
provisions in SDPWS-08, high aspect ratio models were

3
2
1

No. of
Shear
Walls

2.2 WOOD SHEAR WALL HYSTERESIS MODEL
The hysteresis model used in the wood-frame shear wall
building designs were based on CASHEW model [1].
This model can replicate the load-deformation response
of the wood shear wall as a function of the wall
properties including sheathing panel geometry, sheathing
panel material and thickness, nail size, and nail spacing.
The CASHEW model is based on a typical shear wall
assembly with four components including the framing
members, sheathing panels, sheathing-to-framing
connectors and the anchoring devices at the base of the
shearwall.
When a lateral cyclic displacement is applied to the top
of wood shear wall, the base shear of the wall increases
monotonically and reaches the peak strength at a specific
level of lateral displacement. Further increase of
displacements produces a degradation of the strength and
stiffness in the wood shear wall and a pinching
behaviour is observed upon reversal of the loading
direction as shown in Figure 1.
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2.3 ANALYTICAL MODELS
The baseline analytical model of the building designs
was developed in OpenSEES [3] to replicate as much as
possible the assumptions utilized in the FEMA P-695
wood-frame example. For example, the 3D building
model is simplified to a 2D wall model based on the
assumption of rigid floor diaphragms. Based on the
assumptions behind the development of CASHEW
model, all axial-flexural interactions and inplane rigid
body rotations in the wood shear wall are avoided. This
reduces the number of effective degrees of freedom as
one lateral deflection of the wood shear wall (creating an
inplane shear deformation). The wood shear wall is
assumed to be fixed at the base and free to transfer shear
forces at the floor levels.
Each of the wood shear wall elements is represented in
OpenSees using a uniaxial shear spring element. The
spring element is assigned with the SAWS material that
is available in OpenSees. The SAWS material model in
OpenSees is used to replicate the hysteresis behaviour of
the wood shear walls including the pinching response
and strength and stiffness degradation. A detailed
description of the analytical model can be found in [6].
The inherent damping in the building was modelled
using a Rayleigh damping model based on mass and
initial stiffness. 1% critical damping assigned to the first
two fundamental modes was used to develop the
damping matrix used in dynamic equilibrium equations.
A study on effects of these damping assumptions on
seismic behaviour can be found in [7].
The baseline analytical models used in this study are
intended to replicate assumptions utilized in the P-695
wood example and therefore also exclude explicit
consideration of P-Delta effects. Additionally, as part of
this investigation which includes explicitly modelling the
effects of gravity loads on the lateral load response, PDelta columns (elastic beam column elements) were
added to the wood shear wall model.

3 SEISMIC PERFORMANCE
EVALUATON METHOD
The influence of the shear wall load-displacement shape
(i.e. level of peak strength, displacement at peak strength
and post yield stiffness) on seismic response of woodframe shear wall buildings was evaluated using the
FEMA P-695 methodology. The pushover analysis,
dynamic analysis and seismic evaluation procedures
from this methodology was adapted in the research
presented herein.
For nonlinear static pushover analysis, a reference lateral
load proportional to the first mode shape was applied to
the model and lateral displacement was monotonically
increased consistent with the general procedures of the
FEMA P-695 methodology. In contrast, the FEMA P695 wood-frame example followed a quasi-static
pushover analysis approach and applied an invertedtriangular load pattern. For each increment of the load,

the base shear (sum of the first story wood shear wall
and P-Delta leaning column shears) was recorded. Based
on these response of base shear to the applied lateral
displacement pattern, overstrength (ratio of maximum
recorded base shear to the design base shear) and period
based ductility (ratio of ultimate roof drift to effective
yield roof drift) factors of the building model were
derived.
After studying the strength and stiffness variations from
the pushover analysis, incremental dynamic analysis
(IDA) was performed to study the building seismic
response up to the collapse level of ground motions. For
the wood shear wall models selected in this study to be
consistent with FEMA P-695 baseline case, collapse is
defined when the maximum story drift exceeds 7% (nonsimulated collapse) or when an instantaneous large side
sway displacement is observed in the model (simulated
collapse). The non-simulated collapse limit was
originally selected based on previous experimental
studies and considered to be mostly independent of the
building configuration [8].
A set of 44 Far-Field records (22 pairs) from sites
located at a distance greater than 10 km from fault
rupture line was selected for use with IDA. A detailed
description of criteria used in the selection of the ground
motions and features of the selected records can be
found in Appendix A of FEMA P-695. The original
ground motions were scaled to represent the median
design spectral accelerations. This scaling was a two step
process where the ground motions were first normalized
based on the peak ground velocity of the record set and
later the normalized records were collectively anchored
so that at the fundamental period the median spectral
acceleration of the record set were the same as maximum
considered earthquake (MCE) level spectral intensity.
For each ground motion, the spectral intensity (Sa) that
causes collapse in the model was obtained from IDA
results and the median collapse intensity (!"# ) was
defined as the spectral acceleration where one half of the
ground motions produced collapse. The ratio of the
median collapse spectral intensity to the design spectral
acceleration at MCE level was defined as the collapse
margin ratio (CMR). Using the information about
collapse spectral accelerations, the probability of
exceedance of a defined level of structural damage was
estimated by developing fragility curves. These curves
represent the lognormal distribution of collapse spectral
intensities based on the median collapse spectral
intensity (!"# ) and the standard deviation of the
individual collapse spectral intensities (βRTR).

4 INFLUENCE OF SHEAR WALL
LOAD- DISPLACEMENT SHAPE
As discussed in Section 1, ten independent parameters
are used to completely define the wood shear wall
hysteresis model CASHEW. Each of these parameters
has a unique influence in the predicted seismic response
metrics including overstrength, period based ductility
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and CMR. This paper evaluates the relative influence of
variations of three hysteresis model parameters on the
seismic response of the two wood shear wall building
models investigated. The selected parameters are: peak
strength (Fo), displacement (Du) at peak strength and
post yield stiffness (r2).
Hysteresis model parameter variations investigated as
part of this study influence the modelled backbone curve
(i.e. load displacement shape) as depicted in Figure 2.
The reference backbone curve is based on FEMA P-695
modelling parameters for the 1st story shear wall line of
IM 9 when subjected to the CUREE Cyclic loading
protocol (ASTM E2126 Method C, [9]) and is
representative of other reference backbone curves for IM
9 and IM 10. The range of backbone load-displacement
response investigated as part of this study is bounded by
curves associated with 0.6Fo and 1.4Fo.
0.7 Du

1.0Du

1.5 Du

1.4

r2 at each node
0.1 r2
0.1r
2

1.2

1.0 r22
1.0r

1.4Fo

2.0r
2.0 r22

Table 2: Overstrength and period based ductility results for IM
9 from pushover analysis with variations in Fo

Load Ratio

1
1.0Fo

Reference backbone curve

0.8
0.6Fo

0.6

Variation
in Peak
Strength

0.4
0.2
0

0

1

2

4.1.1 Pushover Analysis
The results from pushover analysis for index model IM 9
are summarized in Table 2. For the model without PDelta effects, overstrength increased by 25% and 75%
with the increase in the peak strength parameter from
0.6Fo to 1.0Fo and 1.4Fo respectively. At the same time,
the period based ductility is reduced by 30% and 75%
with the increase in the peak strength parameter to 1.0Fo
and 1.4Fo. When the gravity loads were explicitly
modelled with the P-Delta columns, there was significant
reduction in the overstrength and period based ductility
compared to the case without P-Delta effects. In relative
terms, increase in peak strength parameter produced a
greater percent increase in overstrength for the case with
P-Delta effects than to the model without P-Delta
effects.

3

4

5

6

Top of wall deflection, % wall height

Figure 2: Example backbone curves for varying Fo, Du, and r2
parameters

4.1 PEAK STRENGTH
When a monotonic load is applied to the top of a wood
shear wall, the base shear increases with a positive slope
and reaches a peak strength. After reaching this peak
strength, the strength and stiffness of the wood shear
wall starts degrading. Beyond peak strength, any
increment in the lateral displacement will cause a
reduction in the base shear as shown in Figure 1. To
study the sensitivity of the peak strength parameter on
the seismic response, a nonlinear structural analysis is
completed by applying a set of peak strength multiplier
factors while all other hysteretic modelling parameters
are held constant to replicate assumptions used for the
FEMA P-695 wood-frame example. Based on a review
of the experimental data for cyclic response of the wood
shear wall, 3 cases of peak strength parameter variation
are considered. This includes 0.6Fo; 1.0Fo, and 1.4Fo.
The lower bound value of 0.6Fo is to capture the unit
shear strength reductions observed in high aspect ratio
wood shear walls as well as potential variability driving
unit shear values lower than observed in testing. 1.0Fo is
to address typical range of expected peak strength and is
the baseline condition to replicate the FEMA P-695
wood-frame example. 1.4Fo is to address possible
increase in unit shear strength than normally expected

0.6Fo
1.0Fo
1.4Fo

Period Based
Ductility (µT)
No
With
P-Delta
P-Delta
8.46
8.42
5.89
5.76
4.82
4.66

Overstrength (Ω)
No
P-Delta
1.41
2.00
2.57

With
P-Delta
1.30
1.89
2.46

The complete pushover response of IM 9 with different
peak strength factors and gravity load effects are shown
in Figure 3. It is observed from the pushover curves that
as the peak strength parameter increases, the
corresponding displacement at the peak strength reduces
and this is reflected in the reduction of the period based
ductility summarized in Table 2.
90
80
70

Base Shear (kips)

1.6

either due to variability or over design or presence of
sheathed wall in excess of that required by design. The
increased level of Fo can also give insight into effects of
increased strength associated with presence of finish
materials in combination with nailed wood shear walls.
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Figure 3: Pushover curves for IM 9 with variations in Fo

Table 3 summarizes the results from pushover analysis
for IM 10 and this follows a similar trend as IM 9. IM 10
models are less sensitive to P-Delta effects as the design
gravity loads are less compared to IM 9. With an
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Table 3: Overstrength and period based ductility results for IM
10 from pushover analysis with variations in Fo

Variation
in Peak
Strength
0.6Fo
1.0Fo
1.4Fo

Overstrength (Ω)
No
P-Delta
2.64
3.68
4.71

With
P-Delta
2.60
3.64
4.67

Period Based
Ductility (µT)
No
With
P-Delta
P-Delta
9.32
9.35
6.15
6.13
4.86
4.84
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Figure 5: Fragility plots for IM 9 with variations in Fo

It is observed from the curves that a reduction in CMR
with the inclusion of P-Delta effects can be offset by an
increase in the peak strength parameter. Also the spread
in collapse intensities (record-to-record uncertainty)
reduces with the increase in the peak strength parameter.

50

40
30
20

Table 5 gives the results from IDA for IM 10 with
variations in peak strength parameter. There is 16%
reduction in the CMR results with reduction of peak
strength parameter from 1.0Fo to 0.6Fo and an increase of
11% with increase of peak strength parameter from 1.0Fo
to 1.4Fo.

0.6F o (No P-Delta)

0.6F o (With P-Delta)
1.0F (No P-Delta)
o

10

1.0F o (With P-Delta)
1.4F o (No P-Delta)

0

Figure 5 shows the fragility curves for IM 9 developed
based on the results from IDA on collapse spectral
intensities of 44 individual ground motions.
Conditional Probability of Collapse

increase in peak strength parameter from 0.6Fo to 1.0Fo
and 1.4Fo, there is an observed increase of 40% and 78%
in overstrength. Similar to IM 9, the period based
ductility reduced by 35% and 48% with the increase in
peak strength parameter from 0.6Fo to 1.0Fo and 1.4Fo.
Figure 4 shows the pushover curves of IM 10 with
variations in peak strength parameter with and without
P-Delta effects.

1.4F o (With P-Delta)
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Roof Drift (%)

2
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Figure 4: Pushover curves for IM 10 with variations in Fo

4.1.2 Incremental Dynamic Analysis
Results for median collapse spectral intensities and
CMRs for IM 9 are summarized in Table 4. From the
baseline case (without P-Delta effects) of 1.0Fo to 0.6 Fo,
CMR value is reduced by 19% and with the increase to
1.4Fo there is increase of 13% in the CMR results. When
P-Delta effects are included, CMR value is reduced by
13% with reduction in peak strength from 1.0Fo to 0.6
Fo. Interestingly, only a minor difference is observed in
CMR with increase in peak strength to 1.4Fo.
Table 4: Median collapse spectral acceleration and CMR for
IM 9 from IDA with variations in Fo

Variation
in Peak
Strength
0.6Fo
1.0Fo
1.4Fo

Median Collapse
Spectral
Acceleration (!"# , g)
No
With
P-Delta
P-Delta
1.64
1.66
2.04
1.92
2.30
1.93

Collapse Margin
Ratio (CMR)
No
P-Delta
1.09
1.35
1.53

With
P-Delta
1.11
1.28
1.29

Table 5: Median collapse spectral acceleration and CMR for
IM 10 from IDA with variations in Fo

Variation
in Peak
Strength
0.6Fo
1.0Fo
1.4Fo

Median Collapse
Spectral
Acceleration (!"# , g)
No
With
P-Delta
P-Delta
2.34
2.31
2.79
2.70
3.10
2.95

Collapse Margin
Ratio (CMR)
No
P-Delta
1.56
1.86
2.07

With
P-Delta
1.54
1.80
1.97

Figure 6 shows the lognormal distribution of collapse
spectral intensities for IM 10. The dispersion of the
collapse spectral intensities around the median collapse
spectral intensity is close of 0.44 in all cases and is fairly
independent to the variation in peak strength parameter.
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Table 6: Overstrength and period based ductility results for
index model IM 9 from pushover analysis with variations in Du

Variation in
Displacement
at Peak
Strength
0.7Du
1.0Du
1.5Du

0.8

0.6

0.4

0.6F (No P-Delta)
o

0.6F o (With P-Delta)
1.0F (No P-Delta)

1.0F o (With P-Delta)
1.4F (No P-Delta)
o

1.4F o (With P-Delta)

0

Period Based
Ductility (µT)

Overstrength (Ω)
No
P-Delta

1.82
2.00
2.26

With
P-Delta

1.75
1.89
2.10

No
P-Delta

4.77
5.89
7.81

With
P-Delta

4.61
5.76
7.73

o

0.2

0

1

2

3

4

5

6

Spectral Acceleration, Sa(T = 0.36 sec.),(g)

7

Figure 6: Fragility plots for IM 10 with variations in Fo

4.2 DISPLACEMENT AT PEAK STRENGTH
Similar to the analysis to evaluate effect of variations in
peak strength parameter, nonlinear dynamic and
pushover analysis is used to evaluate the variability in
the seismic behaviour due to variations in the
displacement at peak strength parameter. Based on the
available cyclic wood shear wall test data for wood
structural panels, three cases of displacement variations
are selected while all other hysteretic modelling
parameters are held constant to replicate assumptions
used for the FEMA P-695 wood-frame example. The
reference case for the variation study is based on 1.0Du
and two additional cases - 0.7Du, and 1.5Du are selected.
The reference case 1.0Du represents the behaviour of
wood shear walls with an aspect ratio of 1:1 to 2:1 and is
the baseline condition to replicate the FEMA P-695
example. Some of the experimental studies on wood
structural panels with combination of finish materials
showed lower displacement at peak shear strength as
well as an increased peak shear strength. Typical
practice for wood shear wall design does not account for
the potential strength and stiffness contributions from
wall finishes. This is analytically represented by
applying a lower bound factor of 0.7 to the displacement
at the peak strength of the wood shear wall hysteresis
response parameter. An upper bound of 1.5Du is used to
approximately represent the increased displacement at
peak strength of a wood shear wall with an aspect ratio
of 4:1.
4.2.1 Pushover Analysis
Table 6 summarizes the results from pushover analysis
with the variations in displacement at the peak strength
parameter. Without P-Delta effects, a reduction of 9%
and an increase of 13% is observed in overstrength with
variation to 0.7Du and 1.5Du respectively from the
baseline case of 1.0Du. As expected, increase in the
displacement at peak strength parameter increases the
period based ductility for both the case with and without
P-Delta effects. For the same level of the parameter, PDelta effects reduced the overstrength capacity to a
maximum of 7% and period ductility to a maximum of
3%.

Figure 7 shows the complete pushover curves for IM 9
with variations in displacement capacity at peak strength
parameter. As compared to the case with the variation
with peak strength, variation in displacement at peak
strength parameter produced less effect on the
overstrength. The period based ductility showed an
improvement of 20 – 30% with the increase in
displacement capacity from 0.7Du to 1.5Du.
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Figure 7: Pushover curves for IM 9 with variations in Du

The pushover response results for IM 10 are tabulated in
Table 7. Reducing the displacement at peak strength
parameter from 1.0Du to 0.7Du reduced the overstrength
by 9% and increasing the parameter to 1.5Du increased
the overstrength by 15%. These relative differences in
the overstrength are similar to the results from IM 9 and
suggests that the difference in the building design has
less influence in the relative variation of overstrength.
As the design gravity loads in IM 10 (residential model)
are small compared to IM 9 (commercial models),
inclusion of P-Delta effects produced less than 5%
reduction in the overstrength and ductility results when
compared to the case without P-Delta effects.
Table 7: Overstrength and period based ductility results for IM
10 from pushover analysis with variations in Du

Variation in
Displacement
at Peak
Strength
0.7Du
1.0Du
1.5Du

Overstrength (Ω)
No
P-Delta

3.35
3.68
4.23

With
P-Delta

3.32
3.64
4.06

Period Based
Ductility (µT)

No
P-Delta

4.81
6.15
8.56

With
P-Delta

4.78
6.13
8.08
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Figure 8: Pushover curves for IM 10 with variations in Du

4.2.2 Incremental Dynamic Analysis
Table 8 summarizes the results from IDA for IM 9 with
variations in displacement at peak strength parameter.
When no P-Delta effects are included, collapse capacity
is reduced by 8% with reduction in parameter from
1.0Du to 0.7Du and increased by 16% with increase in
parameter from 1.0Du to 1.5Du. With the addition of PDelta effects, the collapse capacities reduced between 5
– 7% compared to the cases without P-Delta effects.
While there is an increase of up to 40% in CMR with the
variation of peak strength parameter from 0.6Fo to 1.4Fo,
the increase in displacement at peak strength parameter
from 0.7Du to 1.5Du produced an increase in CMR of up
to 26%.
Table 8: Median collapse spectral acceleration and CMR for
IM 9 from IDA with variations in Du

Variation
in Peak
Strength

Median Collapse
Spectral
Acceleration (!"# , g)
No
With
P-Delta
P-Delta
1.86
1.73
2.04
1.92
2.35
2.18

Collapse Margin
Ratio (CMR)
No
P-Delta
1.24
1.35
1.57
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Figure 9: Fragility plots for IM 9 with variations in Du
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10
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Figure 9 shows the fragility plots for IM 9 with the
variations in displacement at peak strength parameter.
The reduction in the probability of collapse at any
specific spectral intensity with the increase in
displacement capacity is clearer by observing the
fragility curves.

Table 9 gives the summary of IDA results for IM 10
with variation in displacement at peak strength
parameter. There is a relative reduction of 12% and
increase of 16% in the collapse capacity with 0.7Du and
1.5Du from the baseline case of 1.0Du. Similar to the
trend observed with the results from varying the peak
strength parameter, inclusion of P-Delta does not
produce much difference in the CMR results.
Table 9: Median collapse spectral acceleration and CMR for
index model IM 10 from IDA with variations in Du

Variation
in Peak
Strength
0.7Du
1.0Du
1.5Du

Median Collapse
Spectral
Acceleration (!"# , g)
No
With
P-Delta
P-Delta
2.45
2.39
2.79
2.70
3.23
3.09

Collapse Margin
Ratio (CMR)
No
P-Delta
1.63
1.86
2.16

With
P-Delta
1.59
1.80
2.06

Fragility curves based on the lognormal distribution of
ground motion collapse spectral intensities is given in
Figure 10. Dispersion of the collapse spectral intensities
from median response is close to 0.40 which is the
recommended value from FEMA P-695.
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40

1
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Figure 8 shows the pushover curves for IM 10 with
variations in displacement at peak strength parameter for
the case with and without P-Delta effects.
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Figure 10: Fragility plots for IM 10 with variations in Du
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4.3 POST YIELD STIFFNESS

70

Post yield stiffness variation is an important parameter
that affects the seismic response particularly at the
collapse levels of seismic intensities.
Base Shear (kips)

As with the previous cases of peak strength parameter
and displacement at peak strength parameter studies,
three cases are selected to evaluate the seismic response
with variability in the post yield stiffness parameter. All
other hysteretic modelling parameters are held constant
to replicate assumptions used for the FEMA P-695
wood-frame example. The reference case is based on
1.0r2 and is the baseline condition to replicate the FEMA
P-695 wood-frame example. Additional cases 0.1r2 and
2.0r2 are developed by applying a factor of 0.1 and 2.0 to
the post yield stiffness parameter. The lower bound case
of 0.1r2 is to capture the greater displacement capacity
observed in experimental testing and the upper bound of
2.0r2 is to address more rapid post peak strength
degradation.
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Figure 11: Pushover plots for IM 9 with variations in r2
45
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Table 10: Overstrength and period based ductility results for
IM 9 from pushover analysis with variations in r2

Variation
in Post
Yield
Stiffness
0.1r2
1.0r2
2.0r2

Overstrength (Ω)
No
P-Delta
2.00
2.00
2.00

With
P-Delta
1.89
1.89
1.89

Period Based
Ductility (µT)
No
With
P-Delta
P-Delta
17.8
9.41
5.89
5.76
5.23
5.24

Table 11: Overstrength and period based ductility results for
IM 10 from pushover analysis with variations in r2

Variation
in Post
Yield
Stiffness
0.1r2
1.0r2
2.0r2

Overstrength (Ω)
No
P-Delta
3.68
3.68
3.68

With
P-Delta
3.64
3.64
3.64

Period Based
Ductility (µT)
No
With
P-Delta
P-Delta
15.4
13.3
6.15
6.13
5.64
5.64

The complete pushover curves of IM 9 and IM 10 with
variation in post yield stiffness parameter is shown in
Figure 11 and Figure 12.

Base Shear (kips)

35

4.3.1 Pushover Analysis
The results from pushover analysis with variations of the
post yield stiffness parameter for IM 9 and IM 10 is
given in Table 10 and Table 11. Since there is no
variation in the peak strength parameter and the
displacement at the peak strength parameter, the
overstrength of the models is independent to the post
yield stiffness parameter variation. As expected the
period based ductility reduced with reduction in the post
yield stiffness. There is less than 5% reduction in
overstrength by including P-Delta effects.
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Figure 12: Pushover plots for IM 10 with variations in r2

4.3.2 Incremental Dynamic Analysis
Based on the results from IDA, the CMR computed for
IM 9 and IM 10 are summarized in Table 12 and Table
13. For IM 9, the reduction in post yield stiffness
parameter from 1.0r2 to 2.0r2 reduced the CMR by 10%
and an increase in post yield stiffness parameter from
1.0r2 to 0.1r2 increased the CMR by 16%. P-Delta
effects produced a reduction in CMR between 5-10%.
For the case of IM 10, variation of post yield stiffness
parameter from 1.0r2 to 2.0r2 reduced the CMR by 10%
and increase in post yield stiffness parameter from 1.0r2
to 0.1r2 increased the CMR by 12%.
Table 12: Median collapse spectral acceleration and CMR for
IM 9 from IDA with variations in r2

Variation
in Post
Yield
Stiffness
0.1r2
1.0r2
2.0r2

Median Collapse
Spectral
Acceleration (!"# , g)
No
With
P-Delta
P-Delta
2.36
2.20
2.04
1.92
1.83
1.66

Collapse Margin
Ratio (CMR)
No
P-Delta
1.57
1.35
1.22

With
P-Delta
1.47
1.28
1.10
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Table 13: Median collapse spectral acceleration and CMR for
IM 10 from IDA with variations in r2

Variation
in Post
Yield
Stiffness
0.1r2
1.0r2
2.0r2

Median Collapse
Spectral
Acceleration (!"# , g)
No
With
P-Delta
P-Delta
3.12
3.09
2.79
2.70
2.53
2.39

Collapse Margin
Ratio (CMR)
No
P-Delta
2.08
1.86
1.69

With
P-Delta
2.06
1.80
1.59

A better representation of seismic response are fragility
curves for IM 9 and IM 10 as shown in Figure 13 and
Figure 14. While the dispersion of collapse spectral
intensities of individual ground motions from the median
collapse spectral acceleration is greater than 0.50 for
IM 9, the dispersion is close to 0.40 for IM 10.
Conditional Probability of Collapse

1

Table 14 and 15 summarizes the results from the
different cases of combined parameter variation for IM 9
and IM 10. The results presented do not include P-Delta
effects. The case with 1.0Fo and 1.0r2 is taken as the
baseline case and the percentage increase in CMR from
the baseline case is summarized.
Table 14: CMR for IM 9 with variations in Fo and r2

Wall Load Displacement
Shape Parameter Variation
Peak
Strength
0.6Fo

1.0Fo

0.8

Post Yield
Stiffness
0.1r2
1.0r2
2.0r2
0.1r2
1.0r2
2.0r2

Collapse Response
Variations

1.42
1.09
1.03

∆CMR
(%)
5.2
-19.3
-23.7

1.57
1.35
1.22

16.3
01
-9.6

CMR

0.1r2
1.70
26.0
1.0r2
1.53
13.3
2.0r2
1.41
4.4
1
Baseline case (1.0Fo and 1.0r2) for finding the
percentage difference in CMR
1.4Fo

0.6

0.4

0.1r2 (No P-Delta)

0.1r (With P-Delta)
2

1.0r2 (No P-Delta)

0.2

1.0r2 (With P-Delta)

Table 15: CMR for IM 10 with variations in Fo and r2
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Figure 13: Fragility plots for IM 9 with variations in r2
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Figure 14: Fragility plots for IM 10 with variations in r2

4.4 Combined Variation of Peak Strength and Post
Yield Stiffness
Apart from individual assessment of the hysteresis
model parameter on the seismic response, results from
the combined variation of peak strength parameter and
post yield stiffness parameter are discussed here. For
each case of variation with peak strength (0.6Fo, 1.0Fo
and 1.4Fo), three cases of post yield stiffness parameter
(0.1r2, 1.0r2 and 2.0r2) are considered.

For IM 9, increasing the post yield stiffness parameter
from 1.0r2 to 0.1r2 produced greater percent increase in
the CMR results from the baseline case than the case
with the variation of peak strength parameter from 1.0Fo
to 1.4Fo. For IM 10, increase in post yield stiffness
parameter and peak strength parameter produced similar
percent increase in the CMR results from the baseline
case.
Figure 15 and 16 shows a graphical representation of the
CMR variations for IM 9 and IM 10 with and without PDelta effects.
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Figure 15: Variation of CMR with variations in Fo and r2 for
IM 9
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is often stopped prior to complete failure and due to test
boundary conditions. Additional information relating
actual test data to the modelled range of hysteretic
behaviours is desirable. The current analytical study can
be extended to more building models than the two 3story building models studied herein. Additionally, it is
desirable to more fully evaluate effects of varying loaddisplacement shape in combination with variations in the
definition of collapse and damping assumptions on
modelled seismic performance.
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Figure 16: Variation of CMR with variations in Fo and r2 for
IM 10

5 CONCLUSIONS
The analytical study presented is this paper evaluates the
influence of load-displacement shape and P-Delta on
overstrength, period based ductility and CMR for two
wood-frame shear wall building models. Hysteresis
model parameters of interest in this study (i.e. peak
strength (Fo), displacement at peak strength (Du) and
post yield stiffness (r2) were varied to address a range of
characteristics observed in cyclic load-deformation
behaviour of nailed wood frame wood structural panel
wood shear walls.
For the building models and range of parameter
variations analysed in this study, improving peak
strength parameter and post yield stiffness parameter
produced greater percentage increase in the collapse
capacity in terms of CMR than the improvement of the
displacement at peak strength parameter.
While it is intended for this study to envelope a variety
of load-deformation behaviours to identify the range of
effect on collapse spectral accelerations and CMR, it is
recognized that the hysteretic models do not exactly
replicate actual wood shear wall load-deformation
behaviour to failure. Such data is often limited as testing
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LOCAL EFFECTS OF TIMBER-FRAMED SHEAR WALLS – DATA
AQUISITION AND MODELLING
Tobias Vogt1, Werner Seim2
ABSTRACT: A method to measure the local effects on tests on timber-framed wall elements is presented in this paper.
Therefore, an optical measurement system was used which can record the displacements of reference points in all three
directions. The systematic is presented how to place the reference points and interpret the results. Furthermore, the
results derived by finite element calculation are compared to the results derived by the optical measurement. The
comparison of the local deformations for the different components shows very good accordance with the elongation in
the studs due to normal forces and with the deformations of the fasteners. The results of the shear deformations in the
sheathing are very close when the mean values out of material tests are taken into account for the E- and G-modulus.
The deformations of the anchoring measured are higher compared to the values calculated in the finite element model.
The results show that an optical measurement used in the way presented is suitable for describing the local effects of
timber-framed wall elements.
KEYWORDS: timber-framed, light frame, modelling, optical measurement

1 INTRODUCTION 123
A simple method for the calculation of the load-bearing
capacity of timber-framed wall elements is the “pure
shear” model, which is standardized in EC 5 [1] as
“Method A”. Design provisions in Canada [2] and New
Zealand [3] use similar methods for calculation of the
load-bearing capacity. In contrast to EC 5, the design
provisions in Canada and New Zealand include methods
for calculating the stiffness of wall elements. If
calculated values for load-bearing capacity are compared
to experimental test results, then it usually becomes
obvious that the load-bearing capacity is underestimated
and the stiffness is overestimated. This is to be expected
because the “pure shear” model is based on the lower
bound theorem of the theory of plasticity. This effect is
even higher because the wall elements with openings are
not taken into account for the calculations.
The test series of Seim and Vogt [4] and Seim et al. [5]
show that the hold-downs of timber-framed wall
elements have a much lower over-strength compared to
the wall elements (Figure 1). Neglecting over-strength
relations leads to a critical situation under earthquake
impact, because the high ductility of the wall elements
cannot be activated.
It is of great importance within the calculation procedure
of capacity design to take into account all wall elements
1

Tobias Vogt, EFG consulting engineers, tobias.vogt@efging.de
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which contribute to the load-bearing capacity. This
should include wall elements with geometric
irregularities such as openings. On the other hand,
knowledge about the local effects in the single structural
elements seems to be necessary to assess design equation
for stiffness calculation.

Figure 1: Comparison of design value out of calculation with
test results of anchoring units and wall elements, from [6]

Vogt [6] and Vogt and Seim [7], aiming for an advanced
calculation tool for engineering practice, presented a
finite element model which can be implemented in
commercial software. They validated the model based on
test results of Seim and Vogt [4].
In this paper, a method to measure the local effects of
tests on timber-framed wall elements is presented.
Therefore, an optical measurement system was used
which can measure the displacement of specific
reference points in all three spatial directions. The
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systematic how to place the measurement points and
interpret the results will be presented in section 6.
Furthermore, the results of the finite element model and
from the experimental tests on wall elements are
compared. A prospect concerning in which way the
consideration of the local effects can be used to optimise
calculation methods will be discussed.

2 Local effects
The global deformation of timber-framed wall elements
under horizontal loadings results from five local effects:
1.
2.
3.
4.
5.

The deformation of the studs due to tensile and
compression forces.
The shear deformation of the sheathing.
The deformation of the fasteners between
framing and sheathing.
The deformation of the rails due to pressure
perpendicular to the grain.
The deformation due to compression in the
contact zone and due to anchoring.

Figure 2: FE model: discretization and element types

Section 5 describes the systematic how to measure these
five deformation components and the results of the finite
element modelling and the optical measurements in
section 6 are compared for every single deformation
component.

3 FE model
3.1 Discretization and element types
Figure 2 shows the FE model with all the components of
a typical wall element. The studs and rails are modelled
with two-node beam elements, while the sheathing
consists of four-node shell elements. The VM elements
represent the fasteners and consist of two-node beam
elements with elastic-plastic material behaviour, while
studs, rails and sheathing remain elastic.
Mean values for E- and G-modulus according to
standards and technical approvals are applied for the
linear-elastic behaviour of the timber and sheathing
elements. The VM elements are modelled with real
parameters for the diameter and tensile strength of the
steel, which are derived from testing.
The support conditions are modelled with non-linear
orthogonal springs, which consider the loaddisplacement behaviour of the anchoring elements under
tensile and compression stresses. Moreover, vertical
loading can be applied on the top rail. The FE model was
presented in detail with all parameters by Vogt and Seim
[11].
3.2 Parameter of VM elements
Figure 3 shows the static system, the section forces and
the deformations of one VM element.

Figure 3: Static system, section forces and deformation of VM
elements

Plastic hinges on both ends occur when the yielding
stress for the steel is reached. The full plastic moment
Mpl is dependent on the diameter d and the tensile
strength fu:
𝑀𝑝𝑙 =

1
∙ 𝑓 ∙ 𝑑3
6 𝑢

(1)

When the shear strength Ff,Rk is calculated according to
EC5 – following the Johansen theory – then the length
lVME of the fasteners can be determined to:
𝑙𝑉𝑀𝐸 =

2 ∙ 𝑀𝑝𝑙
𝐹𝑓,𝑅𝑘

(2)

While the VM element uses the full plastic moment Mpl
for calculation, it must be pointed out that the shear
strength Ff,Rk according to EC5 takes into account the
characteristic yield moment My,Rk.
The stiffness of the VM element is highly overestimated
if only the E-modulus of steel is taken into account. In
addition to the deformations of the fasteners, there are
considerable deformations in the timber elements due to
embedment. This and a possible slip result in a reduced
stiffness. Because of that, the stiffness factor κEI is
implemented:
𝜅𝐸𝐼 =

3
𝐾 ∙ 𝑙𝑉𝑀𝐸
12 ∙ 𝐸𝐼

(3)
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Using Kser according to EC5 as K is recommended.
According to safety definitions, the mean value of the
capacity of connections Ff,m is higher than Ff,Rk according
to EC5 or other calculation methods [7]. Over-strength
can be calculated directly from the test results and
applied to the FE model by the over-strength factor VM,
which increases the strength of the VM element:
𝛾𝑉𝑀 =

𝐹𝑓,𝑅𝑚
𝐹𝑓,𝑅𝑘

(3.4)

(4)

If a specific number of fasteners are modelled by only
one VM element, the diameter d of the VM element can
be calculated as:
3

(3.5)

(5)

𝑑 ∗ = �𝑛 ∙ 𝑑13

Based on this equivalent diameter d* and the number of
fasteners modelled n, the moment of inertia I, the
stiffness K and the stiffness factor κEI (eq. 3) have to be
adjusted.

(a)

4 Experimental Tests
4.1 Test set-up of wall elements for validation
Table 1 shows the configuration of four out of five test
series on 20 full-scale wall elements. The dimensions of
the walls were 2.50 × 2.50 m, and the spacing between
the studs (140 × 60 mm) was 625 mm. Dimensions of
the bottom and top rail were 140 × 85 mm.
Table 1: Configurations of wall elements for FE modelling

WC1

WC2

WC3

WC4

WL3.3c1

WL5.3c1

WL3.1c1

WL5.1c1

WL3.4c2

WL5.4c2

WL3.2c2

WL5.2c2

sheathing

1 × osb
18 mm

1 × gfb
18 mm

1 × osb
10 mm

fastener
Ø - length,
spacing
[mm]

nails
2.8-65
75 mm

staples
1.53-55
75 mm

nails
2.8-65
75 mm

tests

m
c2

c1

WC5
WL1.1m
WL1.2c1
WL1.3c1
WL1.4c2

WC6
WL2.1m
WL2.2c1
WL2.3c1
WL2.4c2

1 × gfb
10 mm

2 × osb
18 mm

2 × gfb
18 mm

Figure 4: Test set-up for timber-framed wall elements;
(a) dimensions of wall elements, (b) test set-up

staples
1.53-55
75 mm

nails
2.8-65
75 mm

staples
1.53-55
75 mm

5 Optical Measurement

monotonic;
cyclic according
cyclic according to CUREE [9]

to

ISO21581

[8];

The layout of the walls is documented in Figure 4. The
vertical load was applied at first and kept constant during
the test. A horizontal load was transferred to the top rail
and the walls were anchored with two hold-downs
(HTT22, SIMPSON-StrongTie) on each side of the wall.
Horizontal deformations were blocked by two steel
plates in front of the two end faces of the bottom rail.
More detailed information is presented in Seim and Vogt
[4] and Vogt et al. [10].

(b)

An optical measurement system (GOM) was used for
measuring the local deformations of the wall elements
(Figure 5). With this system, the displacement of specific
reference points was measured in all three directions
using two cameras. In this way, both the absolute
displacement of all measurement points and the relative
displacement between two nodes could be measured.
Figure 6 shows a wall element with a typical placing of
the reference points.
The shear deformations in the sheathing were quantified
by placing measurement points on the sheathing panels
in a regular grid. The deformations of the studs could not
be measured directly, because the studs are hidden to the
cameras behind the sheathing. Consequently, four small
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panels to define four auxiliary points were fixed to the
studs, so that a conclusion on the deformation of the
studs could be drawn from the displacement and the
rotation of the panels. Furthermore, the steel beams
above and below the wall element were also monitored
with reference points.
Based on this information, all the relevant local
deformations of the wall elements could be derived.
Figures 6 and 7 show the positions of the measurement
points and the notation used for analysis. The following
parts describe the systematic of how to calculate the
local deformations from the values measured.
Figure 6: Wall element with a typical placing of the
measurement points

(a)

Figure 7: Annotation of measurement points for analysing the
local deformations

5.1 Axial deformation of studs
(b)
Figure 5: Optical measurement (GOM); (a) cameras,
(b) analysis programme

The elongation of the studs due to normal forces was
measured using the variation of the distances between
the measurement points N1 and N2 for the left stud,
respectively, N3 and N4 for the right stud. Because of
bending motions in the studs, there was a relative
rotation between both measurement panels (Figure 8).
This geometrical effect had to be considered when the
measured deformations were interpreted.
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the positions of the nail shanks during the test could be
calculated (Figure 10b). Finally, the distances between
the positions of the nail shanks and nail heads calculated
describe the deformations of the fasteners.
Only the horizontal deformation component of the nails
in the rails and the vertical deformation component of
the nails in the studs are taken into account for the
calculation of the resulting horizontal deformation of the
wall element.

Figure 8: Bending effect of studs

5.2 Shear deformation of sheathing
The shear angle was measured using the measurement
points placed on the sheathing panels in a raster for the
calculation of the shear deformation of the sheathing. In
this way, the shear angle could be measured regarding
the variation of the angles between the vectors a and b at
different load steps (Figure 9) between every four nodes
using the following equation:
cos(𝛼1 − 𝛾𝑎 ) =

𝑎′ ∙ 𝑏 ′
|𝑎′ | ∙ |𝑏 ′ |

(a)

(6)

Figure 9: Shear deformations on a rectangle

5.3 Deformation of fasteners
The plastic deformation of the fasteners has the biggest
influence on the global horizontal deformation of timberframed wall elements. The relative displacement
between the nail head and the nail shank could not be
measured directly, because only the nail heads can be
seen by the cameras. For this reason, the measurement
panels and the sheathing panels were used for analysing
the deformations: Firstly, the positions of the nail heads
at the beginning were determined in relation to the
middle point of the sheathing panel (Figure 10a). The
global position of the nail head could be calculated based
on the displacements measured and the rotation of the
sheathing panels during the test. In a similar way, the
positions of the nail shanks were determined: Measuring
the distance between the nail shanks and the nearest
auxiliary point and considering the deformation
characteristic of the studs and rails (the rails nearly stay
horizontal and the studs are rotating in the same way),

(3.1)

(b)
Figure 10: Positions of the nail heads and nail shanks and
distances to the reference points; (a) positions of nail heads,
(b) positions of nail shanks

5.4 Deformation of anchoring
The vertical displacement of the right and left stud due to
pressure perpendicular to the grain and the plastic
deformation of the fasteners between the hold-downs
and studs were measured using the measurement points
N2 and N4 (Figure 7). Therefore, the rotation of the studs
and the distance between the measurement points and the
middle of the studs has to be considered (Figure 11).
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Figure 11: Considering the effect of the rotation of the studs

Figure 13: Shear strain deformations in the sheathing of the
test and the FE modelling

6 Results and Discussion

6.3 Deformation of fasteners

In this part, the local deformations from the FE
modelling and the optical measurement are compared on
test configuration WC2 (test WL-5.3). A step is chosen
when the maximum load of 41.2 kN is reached and the
global deformation is 34 mm for the comparison of the
shear deformation in the sheathing and the deformation
of the fasteners.

Figures 14 and 15 show the deformations of the fasteners
from the FEM and wall test for a global wall
deformation of 34 mm. The positions measured of the
nail shanks and nail heads in the corners and in the
middle parts are connected linearly. Table 2 gives an
overview of the deformation ratios of the fasteners in the
single studs and rails. Only the deformations in the grain
direction of the studs and rails are presented (studs:
vertical part; rails: horizontal part).
It can be seen that the directions and the size of the
deformations are nearly the same, except for studs 3 and
5 where variations are up to 30 %. Furthermore, it is
obvious that the fasteners in the corners get higher
deformations than in the middle parts.

6.1 Axial deformation of studs
Figure 12 shows the strains on the studs in the test and
the FE modelling for the right stud. The results are very
close for the tensile and compression strains.

Figure 12: Axial deformations in the studs of the test and the
FE modelling

6.2 Shear deformation of sheathing
The shear angle out of the FE modelling (filled parts)
and the optical measurement (points connected linearly)
is presented in Figure 13. The curves are linear by trend,
and only near the edges are variations observable. The
mean values of the shear angles are 4.4 ‰ (test) and
4.3 ‰ (FEM). It must be stated regarding calculation
[11] that the E-modulus and shear modulus are derived
by additional material tests.

Figure 14: Deformation of the fasteners, using a linear
connection of the nail heads and nail shanks (finite element
modelling)
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7 Summary and Conclusion
A method to measure the local effects of tests on timberframed full-scale wall elements was presented in this
paper. Therefore, an optical measurement system was
used which can measure the displacement of specific
reference points in all three directions. The systematic
was presented how to place the measurement points and
interpret the results.

Figure 15: Deformations of the fasteners using a linear
connection of the nail heads and nail shanks (optical
measurement)
Table 2: Overview of deformation components in the studs
(only vertical part) and rails (only horizontal part)

stud 1
stud 3-r
stud 3-l
stud 5
bottom rail
top rail
uVM [mm]

FEM
ux,FEM
uy,FEM
[mm]
[mm]
5.7
-6.2
5.8
-3.8
3.9
-3.8
29.2

ux,test
[mm]
4.4
-4.0

test

28.8

ux,test
[mm]
6.2
-4.2
4.1
-5.9
-

6.4 Deformation of anchoring
Figure 16 shows the comparison of the vertical
deformations of connections of the studs due to tensile
respective compression loadings.
It can be seen that the deformations measured are higher
compared to the values calculated in the finite element
model. When interpreting these results, it must be
considered that the absolute variations are comparatively
small at only 1 mm. This is a usual range for
unintentional gaps.

The optical measurement was applied to a test series of
timber-framed wall elements presented by Seim and
Vogt [4]. The results were used for validation of a newly
developed finite element model capable of use with
numerical tools which are available in commercial
software for the practice of engineering. More
information about this finite element model is given by
Vogt [6] and Vogt and Seim [11].
The comparison of the local deformations for the
different components (see section 6) shows very good
accordance regarding the deformation of the studs due to
normal forces and the deformations of the fasteners. The
results of the shear deformations in the sheathing are
very close when the mean values of the material tests are
taken into account for the E- and G-modulus. The
deformations of the anchoring measured are higher
compared to the calculated values in the finite element
model.
The results show that an optical measurement used in the
way presented is suitable for documentation of the local
effects of timber-framed wall elements. In a further step,
this system should be used for measuring the local
effects of timber-framed wall elements with geometrical
irregularities, such as openings for supporting the
development of new design methods which should
include all wall elements in the calculation.
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EVALUATION OF DAMPING IN WOOD-FRAME SHEAR WALL
BUILDINGS
Jeena Jayamon1, Finley Charney2, Philip Line3
ABSTRACT: Among the different parameters that control seismic performance of wood-frame shear wall buildings
damping has long been identified as an important contributor to good seismic performance. When quantifying the
collapse performance using nonlinear dynamic analysis, two important decisions need to be made. First, assuming the
damping can be represented as linear viscous, what is the appropriate damping ratio to use? Second, given this ratio,
how is the damping to implemented in the nonlinear analysis? These questions are difficult to answer because there is
little physical basis for determining the best answer, and because the results of the analysis may vary considerably with
the decisions made. To shed some light on the issues involved, the first objective of this paper is to review and
summarize literature on sources of damping in such structures in order to quantify the damping at the material, shear
wall component, and complete building level. Next, knowing the possible range of damping present in the structural
system, analyses are performed to determine the sensitivity of collapse performance to the assumed viscous damping
ratio. This sensitivity analysis is repeated using a variety of common analytical approaches for including damping in
nonlinear dynamic analysis. All analysis was performed on a subset of six of the models that were originally designed
and analysed as part of the ATC 63/FEMA P-695 project. Results indicated, as expected, that the collapse performance
of the structures is extremely sensitive to the assumed damping ratio, particularly when values exceed about 5% critical.
It is also shown that for systems with 5% damping, the choice of the damping model has a significant effect on collapse
performance. It is concluded that damping ratios as high as 5% could be justified in collapse analysis, but that higher
values would need detailed validation. In regards to the method for modelling damping in nonlinear analysis, a Rayleigh
model proportional to mass and tangent stiffness is tentatively recommended.
KEYWORDS: Wood-frame Shear Walls, Seismic Analysis, Structural Damping, Wood Shear Wall Hysteresis Model

1 INTRODUCTION 123
Wood-frame shear wall buildings are widely used for
low and midrise structures. In the most traditional form,
these buildings rely on structural framing to carry
vertical gravity loads, shear walls to resist lateral loads,
and diaphragms to distribute the lateral loads to the
various shear walls in the structure. The buildings also
contain walls and other “non-structural” framing that is
not considered in design to resist lateral loads. The
typical wood shear wall consists of wood framing such
as studs, with nailed wood structural panels such as
plywood or oriented strand board (OSB), hold downs,
and anchor bolts.
Significant research has been completed on wood-frame
shear wall buildings to accurately model their static,
dynamic and seismic response. Among the different
system parameters that contribute to good seismic
response of these structures, damping has been identified
as important. However, damping is recognized as a
1
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complex physical phenomenon that can be measured, but
is not easily predicted or modelled. Compared to the
mass and stiffness properties, which can be confidently
quantified, from structural configurations and material
properties, there is considerable uncertainty associated
with the accurate computation of damping in a structural
system. This uncertainty arises from the material
properties, nature of the loading applied to the system,
the structural system configurations, and the positioning
of structural and non-structural components.
Though damping is understood to be important for good
seismic performance, there is not a common framework
for describing sources of damping, modelling of
damping and evaluation of damping on the seismic
performance of wood-frame shear wall buildings.
Additionally, based on an extensive literature review of
sources and characteristics of damping in wood-frame
shear wall buildings, it is observed that the reported
values of the critical viscous damping ratio in these
buildings vary considerably.
Apart from the identification of the sources of damping,
it is also important to use a correct analytical model to
represent damping in the structural system. Due to its
simplicity, Rayleigh damping (where the damping
matrix is proportional to mass and stiffness matrices of
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the structural system) is the most common form to
represent damping in numerical models of most
structural systems. Here arises a question of which form
of stiffness is to be used in the damping model
formulation – initial or tangent stiffness. Also of issue is
how the seismic response will vary when the damping
model is only dependent on the mass and not the
structural stiffness, or on the stiffness and not the mass.
To advance the understanding of the significance of
damping property quantification and modelling
methodology in wood-frame shear wall buildings, a set
of building model designs were selected and numerical
models were developed and analysed in OpenSees [1].
The selected building models are a subset 16 models that
were originally used for the FEMA P-695 wood-frame
example [2]. Further details on the criteria behind the
model selection are described in Section 3 of this paper.
Incremental dynamic analysis was performed on the
building models following same assumptions as used for
the FEMA P-695 wood-frame example but with varying
damping ratio between 0% to 15% and with five
different Rayleigh damping models.

2 SOURCES OF DAMPING IN WOOD
SHEAR WALL STRUCTURES
Several researchers have identified the sources of energy
dissipation in wood structures, which include material
damping, interfacial damping through sliding contact
between structural and non-structural components, and
hysteretic behaviour associated with inelastic response.
In nonlinear dynamic analysis it is common to model
inelastic response mechanisms explicitly through a
variety of nonlinear force deformation relationships.
The remaining damping terms, called inherent damping
herein, are usually lumped together and treated as linear
viscous. It is noted that linear viscous damping is
amplitude independent and frequency dependent,
whereas actual inherent damping is generally recognized
as amplitude dependent and frequency independent.
This discrepancy between actual and idealized behavior
is usually not of concern when the amplitude of vibration
is very low (close to ambient) and the system is
responding in a generally elastic fashion.
In general, when dynamic loading is applied in a woodframe shear wall building, inherent damping is mostly
contributed by sources that include wood material
interlayer friction, connections, end grain bearing,
compression perpendicular to grain bearing and contact
friction between the different components in the
structure. Wood material damping is a function of the
wood species, orientation of grain layers and direction of
loading. In addition to the structural parts, non-structural
finishes and elements also contribute to the level of
damping present in these structures.
Pertinent literature on damping in wood-frame shear
wall buildings can be grouped into three different
classes: – (1) derivation of mechanical damping
properties of wood material, (2) vibration tests to

determine damping properties of individual wood shear
walls as well as horizontal diaphragm assemblies and (3)
characterization of damping in multi-story wood-frame
shear wall buildings by full-scale vibration tests.
2.1 MECHANICAL DAMPING PROPERTIES OF
WOOD
Studies that ware exclusively conducted to study the
damping properties of wood materials can be traced back
to early 1950’s. These early experimental studies were
mostly focused on determining damping in different
species of wood. Fukada [3] determined damping
properties of wood by testing 28 different wood species.
The wood species tested include hemlock, spruce,
rosewood, Scots pine, Norway spruce, sycamore, and
other hardwood and softwood species.
Among the studies on different wood materials, some
investigated the sensitivity of the vibrational properties
of wood material to different environmental conditions
including level of moisture content, ambient
temperature, direction of fibers, and drying methods.
Support conditions, frequency and direction of loading,
and test specimen configurations were also found to have
an effect on the measured damping values.
Table 1 presents a summary of several studies on wood
material damping. A more extensive list of additional
experimental research on wood material damping can be
found in reference [3]. Free vibration is the most
common type of loading protocol used for the damping
measurement. The measure of damping is presented in
the literature in different forms including the critical
damping ratio (ζ), logarithmic decrement (!) and loss
factor (η). In this paper the critical damping ratio,
expressed as a percent of critical, is used in reporting test
results and in analysis.
The recorded values of material critical damping ratios
in the literature surveyed were less than 0.75% under all
possible conditions of temperature, moisture content and
relative humidity, with the average among various
sources being approximately 0.50% critical in wood
materials.
Table 1: References to relevant experimental studies on
identification of wood material damping

Reference
Fukoda [3]
Yeh [4]
Ono and
Norimoto [5]
Nakao [6]
Obataya [7]
Backman &
Lindberg [8]
Labonnote [9]

Material Type
Air-dried wood
species
Hemlock
Softwood &
Hardwood
Sitka spruce and
Rosewood
Spruce

Critical
Damping
Ratio (%)
0.26 – 0.38
0.25
0.38
0.01 - 0.13
0.20

Scots pine

0.40 – 0.80

Norway spruce

0.50-0.70
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2.2 DAMPING MEASURED IN WOOD SHEAR
WALLS
Damping in an isolated wood shear wall panel is
contributed by material damping and interfacial friction
between nailed parts (e.g. studs and panels), and
deformation in nailed connections. While most of the
literature reported less than 1% wood material damping,
reported wood shear wall structural damping (including
all sources) varied in a large range of values between 240%. This increased damping is contributed by the
various connections between the structural elements
(including nailed/bolted connections between farming
members and sheathing elements). The reported
damping values also depend on test specimen size,
loading type and history, non-structural components,
presence of wall openings or lack thereof, and type and
density of connections. Quantification of damping in
wood-frame shear wall buildings is mostly determined
from free vibration and cyclic load tests of wood shear
walls of different configurations and sheathing materials.
Yeh [4] is one of the most cited research papers which
identified sources of damping in wood shear walls.
Though the study was reported for wood beams, this
paper gave variations in structural damping with
different connection types (nailed and glued
connections). Apart from variations coming from the
connection type, damping properties also vary with
framing system properties including moisture content
[11]. Another significant source of variation comes from
the wood shear wall sheathing materials [13]. Reported
damping values are less for wood shear walls with
openings for doors and windows. An additional factor
that influences the damping of wood shear walls is the
level of displacement of the wall. More energy is
dissipated at higher amplitude levels of wood shear wall
vibrations [14]. The study presented in [15] reported
seismic performance of walls with four different wall
aspect ratios – 4:1, 2:1, 1:1, and 2:3. The shear strength
remains same for all walls except the wall with aspect
ratio of 4:1, where the energy dissipation was reduced up
to 50% of that of the other walls.
Table 2 lists references of some of the important
experimental studies on wood shear walls. The reported
critical damping ratio from the listed experimental
studies ranged between 2 – 40% with a median value
falling close to 10%. Variations in the experimental
specimens, testing setups and loading, are among the
reasons for the wide variation in reported damping ratio.
In Table 2, it can be observed that the smaller damping
ratios are for the wood panels without gypsum (ranging
from 2 to 14 %), and the damping ratios for with gypsum
finishes included is much higher (ranging from 10 to
34%).

Table 2: References to relevant experimental studies on
identification of damping in wood shear walls

Reference

Structural system

Medearis1 [10]

Plywood shear walls
Plywood and gypsum
sheathed walls
Plywood sheathed
walls
Plywood and gypsum
sheathed walls

1

Chou [11]
Dean [12]
Falk and Ithani
[13]
Polensek and
Schimel [14]
Salenikovich
[15]
1

1

Critical
Damping
Ratio (%)
6–8
13 - 34
2
10 – 34

Shear wall panels

6 – 12

Shear walls with
different aspect ratio

11 – 14

Evaluated damping at various amplitudes of loading

2.3 DAMPING MEASURED THROUGH FULLSCALE TESTS ON MULTI-STORY WOOD
BUILDINGS
Damping estimates from shake table tests of full-scale
buildings includes all possible degrees of freedom and
modes of vibration and is the most accurate
representation of full-scale building damping. Table 2.1
in Fischer et al. [16] reported most of the available
literature on woodframe building tests from the second
half of 20th century and is not repeated in this paper. A
similar summary of shake table tests to study the
dynamic characteristics of wood shear wall buildings can
also be found in Beck and Camelo [17].
Among the experimental studies on full-scale buildings,
CUREE Caltech Woodframe Project (funded by FEMA
and initiated in 1998) and NEESWood Project included
several experimental and analytical studies on examining
the dynamic characteristics of wood-frame shear wall
buildings. As part of CUREE project, free vibration tests
were used to evaluate the damping in a two-story model
with OSB sheathing. The viscous damping ratio from
different phases of testing were reported using logdecrement method and varied between 3 – 13% with a
mean of 7.6% for different levels of vibration and peak
ground acceleration. From statistical analysis, authors
recommended the use of 5% to 10% critical damping in
dynamic analysis of wood shear wall structures [16]. It is
very critical to observe here, that the reported results on
damping ratio vary based on the configuration of the test
structure (number of shear walls, finishing of shear walls
and addition of NSCs), and loading protocol.
NEESWood, a multi-year project started in 2006 with a
full-scale seismic benchmark test of two-story woodframe townhouse building at the NEES@Buffalo at the
University at Buffalo [18]. The building was tested at
five different test phases for ordinary and strong nearfield ground motions. The first test phase included only
wood structural elements whereas the later phases were
constructed with external damping devices and wall
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finishes. The modal damping ratio from seismic
identification tests as calculated from a half-power
bandwidth ratio varied from 11% to 17.9% with an
average of 15% during different phases of testing.

3 BUILDING MODELS
To study the importance of damping (level of critical
damping and the analytical model for damping in
dynamic analysis) in seismic response of wood shear
walls, a set of building model designs are selected. These
index models (IM) are originally designed as part of the
ATC 63 project for the development of the FEMA P-695
wood-frame example. The building designs are complied
with the requirements of ASCE 7-05 [19] and SDPWS2008 [20].

sheathing material. Only 8d and 10d common nails were
specified for the design models with a nail spacing
ranging between 2# to 6#. The shear wall plan length for
high aspect ratio wall models varied with the number of
stories and was between 3$ to 3.7$. For low aspect ratio
models, the shear wall length is between 7$ to 10$.
Figures 1 and 2 show the arrangement of the wood shear
walls in IM 9 and IM 10 respectively.

3.1 DESIGN FEATURES
From a total of 16 different designs in the FEMA P-695
wood-frame example, a subset of 6 index models was
selected for the study presented in this paper. This
includes 3 models (with a story height of 10 ft.) each
with low and high aspect ratio wood shear walls. The
aspect ratio of the shear wall is defined as the height-tolength ratio of a single shear wall. The low aspect ratio
models have a height-to-length ratio of 1:1 to 1.43:1 and
2.70:1 to 3.33:1 for high aspect ratio wall models.

Figure 1: Elevation view of building model IM 9 (adapted from
ATC 63 project)

The three models in each of the aspect ratio groups
include 2 and 3 story models in SDC Dmax (with SDS =
1.0g and SD1 = 0.6g) and a 3 story model in SDC Dmin
(with SDS = 0.5g and SD1 = 0.2g). Table 3 summarizes the
details of the models. Further design details of the
models can be found in [2]. The models in the subset
were selected so that there is at least one model each
with low and high aspect ratio shear walls in each of the
SDC Dmax and Dmin categories.
Table 3: Design features of selected FEMA P-695 building
models

Index
Model

No. of
Stories

IM 5
IM 6
IM 9
IM 10
IM 11
IM 12

2
2
3
3
3
3

Wall
Aspect
Ratio
Low
High
Low
High
Low
High

SDC

C uT a
(sec.)

Building
Type1

Dmax
Dmax
Dmax
Dmax
Dmin
Dmin

0.26
0.26
0.36
0.36
0.41
0.41

C
R
C
R
C
R

1

‘C’ refers to commercial building type and ‘R’ refers to
residential building type
For a typical wood shear wall building, the design should
specify the material type, thickness of sheathing
material, number of shear walls, plan length of each
shear wall, connection type and spacing, and the spacing
between connections and edge distances. The building
models used oriented strand board (OSB, thickness of
7/16#) and plywood (thickness of 19/32#) as the

Figure 2: Elevation view of building model IM 10 (adapted
from ATC 63 project)

3.2 WOOD SHEAR WALL HYSTERESIS MODEL
The hysteresis model of the wood shear wall is based on
CASHEW model developed as part of CUREE Caltech
Wood-frame Project [21]. This model can replicate the
load-deformation response of the wood shear wall as a
function of the wall properties including sheathing panel
geometry, sheathing panel material and thickness, and
nail size and spacing. The CASHEW model considers
four components in a typical shearwall assembly
including the framing members, sheathing panels,
sheathing-to-framing connectors and finally the
anchoring devices at the base of the shearwall.
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In the CASHEW model three different component
deformations are used to derive the hysteresis response
of the wood shear wall. The individual deformation
components include, (1) deformation of the framing
member (2) shear deformations in sheathing panel and
(3) deformations in the sheathing-to-framing connectors.
When a lateral cyclic displacement is applied to the top
of the wood shear wall, the base shear of the shear wall
increases monotonically and reaches the peak strength at
a specific level of displacement. Further increase of
displacements produces a degradation of the strength.
Degrading of and stiffness and a pinching behaviour is
observed upon reversal of loading direction. The
relationship between the base shear and peak
displacements at different levels of the cyclic loading is
described in detail in [21]. More details of the relative
significance of each of these parameters in the seismic
response can be found in [22].
3.3 ANALYTICAL MODELS
The analytical model of the building designs was
developed in OpenSees [1]. In the analytical model, the
floor diaphragms were considered to be rigid in their
own-plane and infinitely flexible out of plane. Vertical
wood shear walls were connected between the floor
diaphragms. Since the building designs used in this study
were regular and symmetric, the 3D building model was
simplified to a 2D wall model. For consistency with the
FEMA P-695 wood-frame example [2], the analysis
presented in this paper does not explicitly consider PDelta effects in the building modelling. Work is
currently underway to determine the influence of P-Delta
effects in the analysis of wood-frame shear wall
buildings and will be reported in a future paper.
Based on the assumptions behind the development of
CASHEW model, all axial-flexural interactions and inplane rigid body rotations in the wood shear wall were
avoided. This reduced the number of effective degrees of
freedom to one in-plane inelastic shear deformation per
story of the wood-frame shear wall building. Each of the
wood shear wall elements was represented in OpenSEES
using a uniaxial shear spring element. The spring
element was assigned with the SAWS material model
that is available in OpenSees. The SAWS material model
in OpenSees can replicate the hysteresis behaviour of the
wood shear walls based on the CASHEW model,
including the pinching response and strength and
stiffness degradation. A detailed description of the
analytical model can be found in [23].

4 SEISMIC PERFORMANCE
EVALUATON METHOD
FEMA P-695 methodology is adapted in this study to
evaluate the effect of varying damping ratio assignment
and damping modelling methods in the seismic collapse
performance of wood shear wall systems. To evaluate
the level of seismic response of a building model, FEMA
P-695 requires an incremental dynamic analysis (IDA)
where the spectral intensity of a ground motion is
incrementally amplified until collapse is observed in the

building. For consistency with the prior analysis reported
in the FEMA P-695 wood-frame example, collapse is
defined when the maximum story drift exceeds 7% (nonsimulated collapse). This limits were originally based on
experimental studies of wood-frame buildings and is
considered mostly independent of the building
configuration [18].
To perform IDA, a set of 44 Far-Field records (22 pairs)
from sites located at a distance greater than 10 km from
fault rupture line was selected. A detailed description
about the various criteria used in the selection of the
ground motions and features of the selected records can
be found in Appendix A of FEMA P-695. The original
ground motions were appropriately scaled to represent
the design spectral accelerations. This scaling was a two
step process where the ground motions were first
normalized based on the peak ground velocity of the
record set and later the normalized records were
collectively anchored so that at the fundamental period
the median spectral acceleration of the record set were
same as maximum considered earthquake (MCE) level
spectral intensity.
For each ground motion, the spectral intensity (Sa, g)
which causes collapse in the model was obtained from
IDA results and the median collapse intensity ("#$ , g)
was defined as the spectral acceleration where one half
of the ground motions produced collapse. The ratio of
the median collapse spectral intensity to the design
spectral acceleration at MCE level was defined as the
collapse margin ratio (CMR). Using the information
about collapse spectral accelerations, the probability of
collapse was estimated by developing fragility curves.
These curves represent the lognormal distribution of
collapse spectral intensities based on the median collapse
spectral intensity ("#$ , g) and the standard deviation of
the individual collapse spectral intensities (βRTR).

5 LEVEL OF CRITICAL DAMPING
The influence of the critical damping ratio on seismic
performance of wood-frame shear wall buildings is
evaluated using results from IDA of the selected building
models. Based on mass and initial stiffness proportional
Rayleigh damping model (Mo+Ko), IDA is repeated on
with 6 different damping ratio – 0%, 1% (default
assumption of FEMA P-695 wood-frame example), 2%,
5%, 10% and 15%. (See Section 6 of this paper for
additional details on the Mo+Ko model.) Though the
studies described earlier reported damping ratios
exceeding 30%, current analysis focused on damping
ratio only up to 15% due to lack of confidence on the
applicability of the test data to the current designs. The
main objective of this analysis is not to alter response
modification factors with increased model damping,
rather but to illustrate and quantify the inherent
uncertainty associated with the model from the damping
content.
The results from IDA analysis are summarized in Tables
4 and 5. Table 4 gives the median collapse spectral
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Index
Model

Level of Critical Damping
0%
2.05
3.01
1.95
2.55
2.10

IM 5
IM 6
IM 9
IM 10
IM 12

1%
2.17
3.15
2.02
2.70
2.26

2%
2.26
3.52
2.12
2.88
2.41

5%
2.60
3.97
2.44
3.06
2.65

10%
3.15
4.71
3.01
3.58
3.06

15%
3.80
5.42
3.60
4.60
3.48

Table 5: Collapse margin ratio (CMR) with different levels of
critical damping damping with Rayleigh damping model of
Mo+Ko

Index
Model

Level of Critical Damping
0%
1.37
2.01
1.30
1.70
2.80

IM 5
IM 6
IM 9
IM 10
IM 12

1%
1.45
2.11
1.35
1.80
3.01

2%
1.51
2.34
1.41
1.92
3.21

5%
1.73
2.64
1.62
2.15
3.53

10%
2.10
3.14
2.00
2.59
4.09

15%
2.53
3.62
2.40
3.06
4.63

Figure 3 shows the variation of CMR for the selected
index models with different damping ratios. The CMR
variation with damping ratio was nearly linear in most
index models.
IM 5
IM 6
IM 9
IM 10
IM 12
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Figure 5: Fragility plots for IM 6 with critical damping ratio
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Figure 4: Fragility plots for IM 5 with critical damping ratio
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Figure 3: Variation of CMR with critical damping ratio

As a higher damping ratio is a representation of
improved energy dissipation mechanisms, there was
significant increase in CMR when the damping ratio
increased. Increasing the damping ratio from zero to 1.0
percent raised the CMR by as much as 7.7 percent.
When the critical damping ratio was increased from 1%
to 5%, the CMR increased by a maximum of 26%. For
increases in damping from 1 to 15 percent the CMRs
increased by as much as 78%. The percent increase is
highest for IM 9 (3 story low aspect ratio model in SDC

Conditional Probability of Collapse

Collapse Margin Ratio (CMR)

5

Using the information about collapse spectral
accelerations, the probability of occurrence/exceedance
of a defined level of structural damage can be estimated
by developing fragility curves. These curves represent
the lognormal distribution of the collapse spectral
intensities and can be developed using "#$ and βRTR.
Figure 4 through Figure 8 shows the fragility curves of
the different models with damping ratio.

Conditional Probability of Collapse

Table 4: Median collapse spectral accelerations ()*+ , ,) with
different levels of critical damping with Rayleigh damping
model of Mo+Ko

Dmax). Though no particular trend was observed in
record-to-record variability of the collapse spectral
intensities, the computed variability of all the index
models were greater than 0.40 which is the ground
motion record variability suggested by FEMA P-695.

Conditional Probability of Collapse

accelerations and Table 5 evaluates the collapse margin
ratio (CMR) from median collapse spectral intensities
("#$ , g) of the index models.
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Figure 6: Fragility plots for IM 9 with critical damping ratio
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A special form of C is obtained if only the first two
terms, with l = 0 and 1, are used. This abbreviated series
is mass (6> -) and stiffness (69 3) proportional, and is
often referred to as Rayleigh damping. This form of
damping is expressed n Equation (3):

Conditional Probability of Collapse
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Figure 7: Fragility plots for IM 10 with critical damping ratio

Conditional Probability of Collapse

1

0.8

0.6

0.4
0%
1%
2%
5%
10%
15%

0.2

0

0

1

2

3

4

5

6

7

8

Spectral Acceleration, Sa(T = 0.41 sec.),(g)

9

Figure 8: Fragility plots for IM 12 with critical damping ratio

6 INFLUENCE OF DAMPING MODEL
Rayleigh damping is one of the most commonly used
mathematical models to represent inherent damping in
structural systems. In the most generic form, the
equation of motion (EOM) of a linear elastic structural
system can be represented using Equation (1) as
-.(0) + 2.(0) + 3. 0 = 5(0)

(1)

where - is the mass matrix; 3 is the stiffness matrix;
5(0) is the loading function; . 0 , . 0 , .(0) are
respectively the relative displacement, velocity and
acceleration response of the system. 2 represents the
damping matrix which is assumed to be classical (will be
decoupled when transforming to modal coordinates). A
very general form of this kind of damping matrix was
suggested by Caughey [24] and is given in Equation (2)
as
:89

67 - 89 3

2=-

7

(2)

7;<

where = is commonly taken as the number of modes of
the system and 67 are constants. It is noted that, in
general, the indices can be any positive or negative
integer, including zero, terms can be omitted, and need
not be associated with actual structural frequencies.

(3)

The coefficients 6> and 69 in Equation (3) can be
computed by assigning modal damping ratios to two
typical modes in the system. For a linear elastic system,
the stiffness proportional part is based on the initial
stiffness of the structure. As the structural system moves
from elastic to inelastic response, it may be more
appropriate to use tangent stiffness to derive the damping
matrix [25]. Nevertheless, most of the commercial
structural analysis programs are based on mass and
initial stiffness proportional Rayleigh damping matrix.
The next objective of this paper is to discuss the
variability in seismic response of wood-frame shear wall
buildings based on the formulation of Rayleigh damping
matrix. Rayleigh damping matrix proportional to mass
and initial stiffness of the structure, (Mo + Ko), was taken
as the baseline case. Four other Rayleigh damping
models were compared against this baseline case. The
Rayleigh damping model Mo + Ko is selected as the
baseline case as the FEMA P-695 wood-frame example
is based on this model. Other selected models represent
the damping matrix as proportional to initial stiffness
only (Ko); tangent stiffness only (Kt); mass only (Mo);
and mass and tangent stiffness (Mo+Kt) of the structural
system.
The set of models described in Section 3 was
analytically modelled with the above listed five different
forms of Rayleigh damping matrix and IDA was
performed following the standard requirements of
FEMA P-695 methodology. As a preliminary study, IDA
using different damping models was performed on the
models with 1% critical damping. The reported
variability in the collapse capacities with the various
damping models was minimal at 1% critical damping.
To evaluate the influence of damping models at higher
levels of critical damping, IDA was repeated on the
building models with 5% critical damping. The results
for 5% damping are reported here.
The damping ratio for the nth mode of a structural
system can be related to the natural frequency (?@ ) and
damping constants (A@ ) using Equation (4) as
A@ = 6>

1
?@
+ 69
2
2?@

(4)

For Mo+Ko and Mo+Kt Rayleigh damping models, the
proportionality constants 6> and 69 are evaluated by
assigning critical damping ratio to any two modes.
However, these two modes should be carefully selected
such that other modes are neither over damped nor under
damped [25]. When a critical damping ratio of A is
assigned to the first two modes of a structural system,
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6< = A

2?9 ?D
?9 + ?D

;

69 = A

2
?9 + ?D

(5)

For damping models Kt, and Ko, the proportionality
constant 69 is evaluated by Equation (6) as
69 =

2A
?9

(6)

and the proportionality constant 6< for damping model
Mo is given by Equation (7) as
(7)

6< = 2A?9

Another aspect of Rayleigh damping to notice here is the
appropriate selection of structural stiffness to determine
the proportionality constants. For Rayleigh damping
models Mo, Ko, and Mo+Ko, the proportionality constants
are not updated during the dynamic analysis. Table 6 and
Table 7 summarize the results from the IDA analysis of
index models with different Rayleigh damping models
using 5% critical damping ratio.
Table 6: Median collapse spectral accelerations ()*+ , ,) with
different Rayleigh damping models (with 5% critical damping
ratio)

Index
Model

Ko

Kt

Mo

Mo + Ko

Mo + Kt

IM 5
IM 6
IM 9
IM 10
IM 11
IM 12

2.16
3.01
2.28
2.95
1.97
2.39

2.05
3.06
2.03
2.56
1.79
2.27

2.44
3.43
2.38
3.01
2.01
2.41

2.61
3.72
2.61
3.15
2.15
2.46

2.45
3.51
2.41
3.13
1.96
2.45

Table 7: Collapse margin ratio (CMR) with different Rayleigh
damping models (with 5% critical damping ratio)

Index
Model

Ko

IM 5
IM 6
IM 9
IM 10
IM 11
IM 12

1.44
2.01
1.52
1.96
2.63
3.19

Kt
1.37
2.04
1.35
1.71
2.40
3.03

Mo
1.63
2.29
1.59
2.01
2.68
3.22

Mo + Ko
1.74
2.49
1.74
2.10
2.87
3.29

Mo + Kt
1.63
2.34
1.61
2.09
2.62
3.28

Out of the five different damping models, tangent
stiffness proportional model (Kt) always produced the
minimum collapse capacity. Adding the mass
proportional part increased the collapse capacity of the
models and hence the mass and initial stiffness

proportional damping model produced the largest
collapse capacity in all the selected index models. The
increasing order of collapse capacity with the damping
models was Kt, Ko, Mo, Mo+Ko and Mo+Kt. Between the
different wall aspect ratios, low aspect ratio wall models
had the highest percentage difference in CMR with
various damping models compared to the baseline model
(Mo+Ko). In another comparison based on SDC, Dmax
models had greater variability between different
damping models.
The damping model Mo+Ko is likely to produce the
highest damping forces as there is a likelihood that some
spurious damping forces are developed while using this
model [25]. This can lead to the underestimation of peak
drift demands and overestimation of base shear capacity.
On the other extreme, the damping model Kt, produced
the lowest damping forces, potentially due to the reduced
energy dissipation with the degradation of strength and
stiffness of the system after reaching peak strength.
On a similar note to the case study with different critical
damping ratio, the record-to-record variability in the
collapse capacity of the selected set of ground motions
was always greater than 0.40. Low aspect ratio models
always produced greater record-to-record variability as
compared to high aspect ratio models. Also, the collapse
capacity of SDC Dmin models were more sensitive to the
variability between the individual ground motions.
Figures 9 through 14 shows the fragility curves of
different index models with different Rayleigh damping
models. IM 6 was an outlier from the common trend
observed among other index models. The reported CMR
results for damping model Kt, in IM 6 was greater than
the CMR results from the damping model Ko. Except IM
6 (2 story high aspect ratio model in SDC Dmax), all other
index models had less variability in the spectral
intensities at less than 10% conditional probability of
collapse.
1

Conditional Probability of Collapse

the Rayleigh damping constants can be evaluated using
Equation (4) and the constants are given by Equation (5)
as
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Figure 9: Fragility plots for IM 5 with Rayleigh damping
models (with 5% critical damping ratio)

WCTE 2016 e-book | 2460

1

Conditional Probability of Collapse

Conditional Probability of Collapse

1

0.8

0.6

0.4
Ko
Kt
Mo
Mo+Ko
Mo+Kt

0.2

0

0

1

2

3

4

5

6

Spectral Acceleration, Sa(T = 0.26 sec.),(g)

7

Figure 10: Fragility plots for IM 6 with Rayleigh damping
models (with 5% critical damping ratio)
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Figure 11: Fragility plots for IM 9 with Rayleigh damping
models (with 5% critical damping ratio)
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Figure 12: Fragility plots for IM 10 with Rayleigh damping
models (with 5% critical damping ratio)
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Figure 14: Fragility plots for IM 12 with Rayleigh damping
models (with 5% critical damping ratio)

The paper presented three different studies related to the
evaluation of damping in wood-frame shear wall
buildings – sources of damping, influence of level of
inherent damping and the analytical damping model. As
expected, increasing critical damping resulted in
increased values of collapse margin ratio determined in
accordance with FEMA P-695.

0.8

0

0.6

7 CONCLUSIONS

1

0

0.8

0.8

Though some of the references on sources of damping
reported more than 15% critical damping in wood-frame
shear wall buildings, a value of 5% critical damping was
used in the evaluations to study the influence of damping
model in seismic response. This 5% critical damping is
specifically taken to evaluate the effects of a lower
bound value of damping measured experimentally.
The variation in results using different damping models
for the 5% damped system was significant, and was
close to the variation in response between zero and five
percent damping for any given model. The commonly
used damping model Mo+Ko is likely to produce the
highest damping forces with a likelihood that some
spurious damping forces are developed which can lead to
the underestimation of peak drift demands and
overestimation of base shear capacity. For building
models evaluated with mass and tangent stiffness
proportional Rayleigh damping such spurious damping
forces do not occur, and for this reason, mass and
tangent stiffness damping is generally preferred. It is
noted, however, that certain aspects of the tangent
stiffness model, such as hysteresis being developed in
the damping force vs velocity relationship, and the
influence of negative tangent stiffness (as occurs in the
CASHEW mode) warrants further investigation.
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8 RECOMMENDATIONS FOR FUTURE
STUDY, REPORTING,
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DAMPING
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Figure 13: Fragility plots for IM 11 with Rayleigh damping
models (with 5% critical damping ratio)

The level of damping is seen to have a large influence on
the modelled seismic performance of wood-frame shear
wall buildings, yet methods of determining level of
damping for analytical study of seismic performance are
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generally lacking. Additionally, though a number of
approaches for analytical modelling of damping are
available, it is observed from the dynamic analysis that
different models produce different seismic performance
results. Recommendations for future study, reporting,
measurement and use of damping include:
-

Development of procedures to better identify the
sources of damping in wood frame structures, and to
quantify the equivalent viscous damping ratio.

-

Investigating how the response varies with other
damping models not considered, such as partial
stiffness damping and modal damping.

-

Establishing guidelines for modelling damping in
wood frame structures, with these approaches
potentially calibrated to level of expected response
(linear elastic, inelastic, near collapse).
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VIBRATION RESPONSE MODELLING OF CROSS LAMINATED TIMBER
SLABS
Ebenezer Ussher1 Jan Weckendorf2 Ian Smith3
ABSTRACT: Innovations in timber engineering have led to new slab systems built from engineered wood products
like cross-laminated-timber (CLT). High stiffness of CLT can enable attainment of better vibration performances than is
possible with traditional shallow profile-long span floors constructed from timber and other materials. However,
realization of this depends on engineers being able to accurately predict effects various construction variables have on
dynamic responses of CLT slabs. Past physical experiments have provided insights into those effects. However, testing
is a very expensive and time consuming means of acquiring necessary knowledge. Discussion here addresses finite
element (FE) simulations as a cost effective method allowing engineers to understand and assess relationships between
design variables and dynamic responses of CLT floor slabs. Presented modelling techniques are verified by
demonstrating close correlation between numerical predictions and experimental modal response characteristics of CLT
slabs.
KEYWORDS: Cross-laminated-timber, Dynamic response, Finite-element modelling, Floor slabs, Structural design,
Structural timber-systems

1

INTRODUCTION 123

Increased demands for buildings suitable for various
types of occupancy have led to modern urban
architecture focusing on medium- to high-rise buildings.
This ensures optimum use of land, and together with
adoption of open plan occupancy space layouts
maximises return on investment for developers and
building users. Use of long-span low-profile lightweight
floor construction technologies also has many
advantages. These include minimisation of flooring
system support requirements and maximisation of the
number of storeys and total occupied floor area within
given building height limits. Therefore much recent
attention in structural engineering R&D has been given
to lightweight materials that are capable of creating longspan low-profile slabs and their integration into building
superstructures that address relevant performance goals
related to safety, serviceability and operating energy
efficiency [1].

wood products (EWP) that supplement traditional hewn
timber elements [2]. The EWP known as crosslaminated-timber (CLT) has, for example, enabled
timber to become a lightweight substitute for reinforced
concrete (RC) and composite concrete-steel (C-S) slab
systems in buildings intended for various occupancies
[3]. CLT flooring systems may be a preferred option
over RC and C-S systems for both designers and
building owners for a number of reasons. Amongst those
are renewability and sustainability of wood as the
primary resource material that serves as a carbon sink
during the lifetime of a building [3]. Unlike traditional
joisted floors CLT slabs have similar strength, stiffness
and load carrying characteristics to RC or C-S slabs of
equal thickness, but much lower mass density. This
reflects that CLT has about a quarter to a third the
density of normal-weight concrete.

The use of timber as a structural construction material
dates back to ancient times when man constructed simple
shelters. One of the enduring avenues by which the
material has gained popularity is its suitability for
construction of floors within buildings having various
types of walls or superstructure frameworks. Modern
innovations have led to the development of engineered
1
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Figure 1: Prefabricated CLT platform construction, Italian
Alps

The relatively low mass has advantage related to static or
dynamic response characteristics of completed
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superstructures and minimises foundation requirements
[3,4]. CLT also lends itself to prefabrication (Figure 1),
minimization of construction time, and high levels of
material and construction quality control.
Use of CLT flooring systems has clear gains in terms of
global structural responses of building superstructure
systems, especially those that are tall and slender, where
control of lateral drift under wind or seismic load
situations determines necessary sizes of structural
elements [3-5]. Amongst other attributes in-plane
rigidity of appropriately constructed CLT floors makes
them very effective diaphragms necessary to maintain
building plan shapes at various levels under lateral
design loads. However their high load bearing capacities
and stiffnesses and relatively low masses mean it is
important to pay close attention to the vibration
serviceability performance of CLT slabs themselves and
complete superstructures that contain them. As with
other types of lightweight slabs, the likelihood of
amplified out-of-plane motions is high for CLT floors.
This makes it important to consider their vibration
serviceability performance [6,7]. This is because high
strength to mass systems can exhibit high levels of
accelerations under free or forced vibration scenarios
owing to their modal response characteristics. It follows
that design engineers require tools for analysing the
likely vibration characteristics of CLT slabs within
buildings [8].
The remainder of the paper addresses design variables
that can significantly influence vibration behaviours of
CLT floors under sources of dynamic loads that may
cause building occupants discomfort. It also addresses
design analysis requirements based on finite element
approximation methods as viable tools for predicting
vibration response characteristics that design engineers
may choose to use as the basis of design decisions. This
paper does not focus on the related topic of the antivibration design criteria that are appropriate. It does
support application of any of the various design criteria
suggested in the literature and summarised by
Weckendorf et al [8].
Finite element approximation analysis methods were
selected because nearly all engineers have access to
reliable software packages required to implement them.

2

FINITE ELEMENT (FE) MODELS

2.1

GENERAL FE MODELLING
CONSIDERATIONS

Well formulated numerical methods are acknowledged
to be versatile means for estimating the modal
characteristics of slabs. When employing such
approaches the actual slab characteristics are simulated
by generally applicable sets of dynamic equilibrium
equations that respect compliance, continuity and
boundary condition requirements [9]. For slabs that are
considered thin the essential variables required for
analysis are plan shape and dimension (geometry),
flexural rigidities for axes of material symmetry, plate
mass, and knowledge of support conditions and other
relevant construction details. All such information are

explicitly definable factors that design engineers can
control themselves or in consultation with architects.
When plates are not thin their shear rigidities in- and outof-planes also need to be known, but they are also
explicitly definable and controllable. For CLT products
it is usually appropriate and satisfactory to assume plates
made from them are orthotropic, and that applicable
material compliance characteristics can be determined
from the layup geometry and elastic material property
data. In principle this is no different from what is needed
to make reliable dynamic response predictions for RC or
C-S slabs.
The most common required outputs are natural
frequencies with the number of those to be estimated
dependent on the design criterion to be employed [8]. In
other instances other modal characteristics like mode
shapes, modal masses, and / or time history responses
may be required together with predicted static
deflections (e.g. maximum displacement due to a 1 kN
point load) [2,8].
Given that floor plates can be thin (circa 100 mm) or
thick (≥ 500 mm) [1], a key decision is whether a thin- or
thick-plate analysis is required in a particular design
situation. This is addressed below in the context of CLT.
2.2 SCOPE OF FE ANALYSES
The objective in FE analyses is to rigorously represent
construction material characteristics and structural
details of types of CLT floors being constructed. From
that it becomes possible to assess the implications of
relaxing the rigour during engineering design aimed at
addressing
vibration
serviceability
performance
objectives. In consequence the FE analyses discussed
here accurately replicate CLT mechanical properties and
density; floor geometries; support details; and
connections between CLT plates when floors are
constructed from prefabricated plate segments. Floor
systems on which analyses focus are ones where there
exist experimental measurements of the behaviours of
full-scale laboratory arrangements. For those floors there
exists exact knowledge of all relevant parameters and
accurate measurement of their modal response
characteristics and in some instances their time-history
responses to surface impacts. The premise is that based
on demonstrated correlation between FE model predicted
and observed modal characteristics of typical floor
systems the employed FE analysis methods can be
applied to address general questions about vibration
serviceability analysis. Those general questions include
effects of physical modifications to floors themselves, to
systems that incorporate them, and implications of using
relaxed analytical methods.
2.3

BENCHMARK VERIFICATION FLOOR
TESTS

Experimental studies discussed here were performed by
the authors at the University of New Brunswick. They
involved floor slabs constructed from two different 7-ply
CLT products each of 245mm thickness [18];
(1) C-7ply (4X3:∥,⊥,∥,⊥,∥,⊥,∥)
(2) SA-7ply (5X2: ∥,∥,⊥,∥,⊥,∥,∥).
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The nomenclature within parentheses indicates the
number of lumber board layers that are oriented parallel
(∥) or perpendicular (⊥) to the orthogonal in-plane axes
of material symmetry. The ∥ direction is defined
coincident with the grain direction of spruce lumber in
the outer layers. Full product specifications are detailed
in the manufacturer literature [10,11]. As the respective
number of layers in each product implies, the degree of
disparity between out of plane-flexural rigidities in ∥ and
⊥ directions is greater for the SA-7ply product than the
C-7ply product permitting evaluation of the effects of
CLT plate orthotropicity to be evaluated.
Investigated floor plan configurations are 6.25m in
length and between one CLT plate segments and three
plate segments. The segments were approximately 2m
wide. Multi-segment systems were interconnected using
64mm wide half-lap joints secured using 160mm long
self-tapping screws placed at 300mm centres. This
replicates preferred practice in Canada. All tested
systems had simply line supports at the ends created by
steel I-beams anchored to a rigid RC slab (Figure 2).
Plate bouncing was prevented by clamps that provided
no rotational end restraint. Additional line supports were
added to some systems along floor edges and as an
interior sub-beam.

Figure 2: Typical CLT Floor test setup (3-segment floor)

Focus was on modes with natural frequencies up to
about 100Hz. This was because prior investigations
suggested both low order modes and interactions
between higher order modes can effect human
perception of motions that occur under normal building
occupancy conditions [7]. State-of-the-art Operational
Modal Analysis (OMA) testing methods and data
analysis techniques were employed based on ARTeMIS
Testor 2011 and ARTeMIS Extractor software tools
[12.13].
2.4 MATERIAL PROPERTIES
CLT plate segments are regarded as orthotropic material
reflecting the manner of its physical structure and
fabrication. Table 1 provides the properties used in the
FE model of floor systems constructed using C-7ply and
SA-7ply products [14,15]. Material density measured at
the test laboratory.
2.5 FE MODELLING TECHNIQUES
FE models of floor systems are created using the
commercial software known as ABAQUS CAE
(Complete Abaqus Environment) which is widely

adopted in academic institutions and engineering
consultancy [16]. Orthotropic quadrilateral 4-noded shell
elements are used in modelling CLT plates assuming
uniformity in slab properties. Alternative models are also
built with orthotropic hexahedral 20-noded continuum
elements. This permits understanding of sensitivities of
model results (i.e. predicted modal characteristics or
time-history responses) to choice of a meshing strategy.
In essence shell element models correspond to thin-plate
response representations, and hexahedral/continuum
element models correspond to thick-plate representations
(Section 2.1). FE mesh convergence studies are carried
out to confirm and ensure accuracy of FE model
solutions. Roller line supports are applied along
transverse edges of plates corresponding to end of span
supports. Additional roller line supports are added for
systems with longitudinal edge or interior sub-beam
supports. Details of support conditions in models
accurately replicate those in laboratory tests. Figure 3
shows a typical mesh composed of hexahedral elements
that represent a CLT plate segment having a mating part
of a half-lap joint along one longitudinal edge.
Table 1: Apparent properties of CLT used in FE analyses*
Property
Units
Value
C-7ply
SA-7ply
mm
245
245
Thickness, t
kg/m3
520
520
Density, ρ
Elastic moduli:
GPa
10.00
11.75
E1
GPa
6.00
3.00
E2
GPa
2.00
2.00
E3
Shear moduli:
GPa
1.00
1.30
G12
GPa
0.10
0.165
G13
GPa
0.09
0.03
G23
Poisson’s ratios
-0.44
0.44
ν12
-0.30
0.30
ν13
-0.30
0.30
ν23
* Parallel to face laminations (direction 1), perpendicular to
face laminations (direction 2), direction 3 is perpendicular to
plate.

Figure 3: Plate segment meshed constructed from C3D20
hexahedral elements

In models using shell or hexahedral elements half-lap
joints between CLT plate segments secured using selftapping screws subsidiary meshes are interconnected by
spring elements that create a semi-rigid line connection
where screws interconnect adjacent segments (Figure 4).
Translational stiffnesses of such joint springs in major
and minor axis directions are calibrated to match results

WCTE 2016 e-book | 2465

from tests on matched small joint specimens that enable
calculation of those properties on a per screw basis.
Either ignoring the semi-rigid nature of the joints
between CLT plates segments (assuming full continuity)
or not interconnecting them permitting uncoupled
segment motions of individual segments would lead to
inaccurate model predictions. Interestingly to note is that
other authors have recommended design practices based
on analyses that vibration serviceability of CLT floor
systems has no dependence on the amount or even
complete absence of any interconnections between
segments [2]. However physical test evidence has shown
this to be a construction feature of great importance [7],
and which is why currently described FE models
emphasise correct representation of inter-segment joints.

Figure 4: Two pate element meshes of CLT segments joined by
spring elements representing half-lap joints secured using selftapping screws

3

RESULTS

Table 2 summarizes FE models of CLT slab systems for
which results are reported here.
Table 2: Summary of FE slabs models
Floor ID

C-S/1A
SA-S/1B
C-S/2A
SA-S/2B
C-S/3A

3.1

No. plate
segments
1
1
2
2
3

CLT type

C-7ply
SA-7ply
C-7ply
SA-7ply
C-7ply

Code
C-S/1A-1-(4X3)
SA-S/1B-1-(5X2)
C-S/2A-1-(4X3)
SA-S/2B-1-(5X2)
C-S/3A-1-(4X3)

MODE SHAPES AND
MODAL FREQUENCIES

Tables 3 to 5 compare selected FE modal analysis
results for various floor systems obtained using thinplate (type S4 shell element) and thick-plate (type
C3D20 hexahedral element) models. As both types of
models used the same material properties and overall
geometries, all deviations between compared solutions
are consequence of deep plate influences like through
thickness shear distortions and rotary inertia and
differences in model representations of half-lap joints
between adjacent plate segments. First to note is both
thin- and thick-plate models predict the same sequence
of mode shapes for analysed systems. Second to note is
no or small absolute differences exist between predicted
natural frequencies associated with low order mode
shapes. However, some noticeable absolute differences
exist between predicted natural frequencies for higher

order modes. Cases where some modal frequencies differ
between matched thin- and thick-plate solutions are
primarily consequences of interacting factors. Altering
the degree of plate in-plane orthotropicity by changing
the type of CLT; altering the plan aspect ratio by
changing the number of plates (i.e. increasing the floor
width); and altering the support conditions all determine
whether thin- and thick-plate solutions will differ
significantly.
Table 3: Predicted mode orders and frequencies for single
CLT segment floors
Floor C-S/1A
Floor SA-S/1B
Mode
order*
S4
C3D20
S4
C3D20
1,1
11.5
11.5
12.7
12.7
1,2
23.2
24.6
24.6
26.4
2,1
39.2
38.6
45.0
44.2
2,2
52.4
53.2
57.6
58.3
3,1
73.1
71.3
86.7
83.6
1,3
--96.2
98.5
3,2
85.7
89.1
97.4
99.0
* Mode i,j signifies order of mode shape parallel to span (i)
and perpendicular to span (j)
Table 4: Predicted mode orders and frequencies for double
CLT segments floors
Floor C-S/2A
Floor SA-S/2B
Mode
order
S4
C3D20
S4
C3D20
1,1
11.5
11.5
12.6
12.6
1,2
15.4
14.8
16.5
16.1
1,3
23.1
24.3
24.5
26.4
2,1
39.1
38.9
44.5
44.2
2,2
43.0
44.3
48.2
49.3
2,3
52.3
53.4
57.3
59.4
1,4
--67.3
69.9
3,1
72.6
71.8
85.7
83.8
3,2
76.3
76.4
88.7
84.9
3,3
85.4
86.4
--Table 5: Predicted mode orders and frequencies for triple CLT
segments floor
Floor C-S/3A
Mode order
S4
C3D20
1,1
11.5
11.4
1,2
13.3
12.9
1,3
18.5
19.1
1,4
23.4
23.9
2,1
39.1
37.7
2,2
40.1
40.7
2,3
46.5
45.9
2,4
52.7
51.9
3,1
72.6
68.7
3,2
74.3
70.1
3,3
79.5
76.7
1,5
87.7
81.0
3,4
100
84.8

Superficially mentioned absolute differences between
alternative predictions of natural frequencies for various
vibration modes may not seem of practical importance,
because most anti-vibration serviceability design criteria
only require engineers do estimate the lowest or a few
low order natural frequencies. This is correct but also to
consider is CLT plate products can have thickness about
twice those of systems for which results are shown. Plate
thickness alone does not determine what the extent
disparities will exist between thin- and thick-plate
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solutions. In general when thicker plates are used the
errors present in thin-plate predictions will tend to be
greater. Differences between FE solutions demonstrate
that whether or not engineers accounted for them
common design practice variables they control
measurably influence actual performances of CLT floor
systems.
Returning to the question of mode shapes, as already
stated presented thin- and thick-plate models predict the
same sequence of mode shapes for analysed systems.
Figure A1 illustrates mode shapes predicted by
alternative FE models. Differences in mode shapes
reflect already mentioned factors like relative importance
of through plate thickness shear deformations and how
plate segment-to-plate segment joints are represented. A
practical consequence of the differences in shown mode
shapes is it illustrates that limitations exist on
applicability of simplified analytical models aimed at
predicting natural frequencies of CLT floor systems
[2,17]. Also to observe is that FE model predicted mode
shapes correlate well with those obtained experimentally
using OMA.
3.2 EFFECT OF CLT TYPE
As Tables 3 and 4 demonstrate, changing the type of
CLT from C-7ply (∥,⊥,∥,⊥,∥,⊥,∥) to SA-7ply
(∥,∥,⊥,∥,⊥,∥,∥) increases all fundamental natural
frequencies for modes of corresponding order [18]. It
also results in introduction of an extra relatively high
order mode (mode 1,3 for Floor SA-S/1B, and mode 1,4
for Floor SA-S/2B). These are direct consequences of
increasing the flexural stiffness of the floor slab in the
span direction due to the increased number and the
positions of ∥ plies in that direction. Appearances of the
extra modes reflect that the number of ⊥ plies decreases
the flexural rigidity of floor slabs in the floor width
direction. Simple design criteria that are only influenced
by the magnitudes of the fundamental natural frequency
and static deflection under a point load [2] strongly
encourage engineers to select products like SA-7ply
instead of C-7ply. However, there is no guarantee that
this will improve actual performances of floor systems
because motions human occupants of buildings find
objectionable can be most sensitive to mode shapes
across the widths of floors [7,8]. Equally it should not be
forgotten that motions that human occupants experience
are influenced by decisions like how to join CLT plate
segments together, which also determine mode shapes.
These influences are one manifestation of why antivibration serviceability design criteria based on
correlation of building occupant perceptions of
acceptability of the performances of floors with
approximately
estimated
mechanical
response
parameters are inherently unreliable.
3.3

INFLUENCE OF FLOOR WIDTH AND PLAN
TESTS

Tables 6 and 7 compare thin-plate (shell element) model
predictions of natural frequencies for one-, two- and
three-plate segment floor systems. In terms of dynamic
responses the most direct consequence of maintaining

the same floor span but increasing the floor width is it
results in additional modes within a particular cut-off
frequency range. Although whether or not there are
intra-slab joints between CLT plate segments present is
also a factor, changing the floor width alters its plan
aspect ratio. In principle increasing the floor width
increases the possibility that modes will be excited in
ways that amplify motions building occupants
experience. The Eurocode 5 design recommendation that
unit impulse velocity (v) that corresponds to the
maximum vertical floor vibration velocity caused by a
unit impulse of 1 Ns be limited recognises this explicitly
[17]. Estimated values of v depend on n40 which is the
number of first-order modes with natural frequencies up
to 40 Hz. In turn estimation of n40 depends on the
flexural rigidities of floors in span and width directions
and the plan aspect ratio. The Eurocode 5 approach was
formulated only on the basis of joisted floor system
analyses. However, in principle it provides a framework
for recognising that floor aspect ratio and the degree of
floor slab orthotropicity are primary factors influencing
vibration serviceability performances of lightweight
floors of any type.
Table 6: Comparison of mode orders and modal frequencies
for single and double CLT plate segment floors: C-7ply
Floor
Mode
order
C-S/1A
C-S/2A
C-S/3A
1,1
11.5(1)
11.5(1)
11.5(1)
1,2
23.2(2)
15.4(2)
13.3(2)
1,3
-23.1(3)
18.5(3)
1,4
--23.4(4)
2,1
39.2(3)
39.1(4)
39.1(5)
2,2
52.4(4)
43.0(5)
40.1(6)
2,3
-52.3(6)
46.5(7)
2,4
--52.7(8)
3,1
73.1(5)
72.7(7)
72.6(9)
3,2
85.7(6)
73.1(8)
74.3(10)
3,3
-82.7(9)
79.5(11)
1,5
--87.7(12)
3,4
--100(13)
Table 7: Comparison of mode orders and modal frequencies
for single and double CLT plate segment floors: SA-7ply
Floor
Mode
order
SA-S/1B
SA-S/2B
1,1
12.7(1)
12.6(1)
1,2

24.6(2)

16.5(2)

1,3

96.2(6)

24.5(3)

2,1

45.0(3)

44.5(4)

2,2

57.6(4)

48.2(5)

2,3

57.3(6)

1,4

67.3(7)

3,1

86.7(5)

85.7(8)

3,2

97.4(7)

88.7(9)

Empirically predicted effects of altering the aspect ratio
of a floor plan supports design level proposals that
acceptability of floors from a vibration serviceability
perspective is inversely related to the predicted static
deflection resulting from a point load placed at the mid-
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3.4

CORRESPONDENCE BETWEEN FE
MODELS PREDICTIONS AND TEST
RESULTS
Figures 5 to 9 compare selected test and FE model modal
analysis results in the form of identified natural
frequencies. As can be observed there is good correlation
between test and FE results in all cases. On the basis of
this, additional modal analysis comparisons, mode shape
comparisons like those in Figure A1, and comparisons of
time history response [14], it is concluded adopted FE
modelling techniques are robustly reliable. The FE
techniques can therefore be confidently applied beyond
discussed situations. Small discrepancies between FE
simulation- and test-based predictions for the higher
order modes are attributable to models not accounting
for minor imperfections in geometries, support
conditions and material present in physical systems.
Test
FE: C3D20

1,1

1,2

2,1 2,2
Mode

3,1

3,2

Natural frequency f [Hz]

Natural frequency f [Hz]

100
90
80
70
60
50
40
30
20
10
0

100
90
80
70
60
50
40
30
20
10
0

Test
FE:S4
FE:C3D20

1,1 1,2 1,3 2,1 2,2 2,3 3,1 3,2 3,3
Mode

1,1 1,2 2,1 2,2 3,1 1,3 3,2
Mode

Figure 6: FE versus test results Floor SS-S/1B

Thick-plate models based on use of hexahedral elements
are inherently best because they are more adaptable than
thin-plate models based on using shell elements to

Test
FE:S4
FE:C3D20

1,1 1,2 1,3 2,1 2,2 2,3 1,4 3,1 3,2
Mode

Figure 8: FE versus test results Floor SS-S/2B

Test
Natural frquency f [Hz]

Natural frequency f [Hz]

Figure 5: FE versus test results Floor C-S/1A

100
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0

Test
FE:S4
FE:C3D20

Figure 7: FE versus test results Floor C-S/2A

FE:S4
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70
60
50
40
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20
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generalised analysis situations. However it needs to be
accepted that engineers will want to use the latter
because it takes less time and computing to use models
employing shell elements. The question that then arises
is under what conditions are FE models based on thinplate representations sufficiently accurate for purposes of
design.

Natural frequency f [Hz]

floor position, as has been variously suggested for
lumber joisted floors [8]. The caveat to this is that the
predicted static deflection be estimated based on twoway plate action of the floor system, rather than the
deflection characteristics of individual joists.
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80
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60
50
40
30
20
10
0

FE:C3D20

1,1 1,3 2,1 2,3 3,1 3,3 3,4
Mode

Figure 9: FE versus test results (C-S/3A)
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There is no exact answer to this, but as a rough rule of
thumb it can reasonably be presumed that thin-plate
solutions have high degrees of accuracy for CLT floor
systems twenty times the plate thickness and the floor
plan shape is rectangular or approximately so. Even so,
some qualifications apply to this rule of thumb because it
can break down in situations such as when floor widths
are substantially less than floor spans, sub-beams or
walls are employed as intermediate support, and floors
overhang their outer supports. In a nutshell, choice of a
suitable FE models should be undertaken with caution in
any case beyond an engineer’s experience with thickplate solutions being the fall-back option.

4

GENERAL DISCUSSION

Analysis tools like ABAQUS CAE are very versatile in
terms of ability to building geometries of structural
systems. This makes them very suitable for design of
modern structural systems. This statement recognises
that many modern structural systems are complex in
terms of storey plan geometries, how floors are
supported, flexibilities of construction materials, nonstructural imposed permanent or live loads, and other
ways. The difficulties associated with trying to apply
closed form analytical methods to predict even
fundamental natural frequencies of floor systems that
contain everyday features such as lack of rectalinearity,
presence of stiffening ribs beneath CLT plates, openings
to accommodate staircases or floor slab thickness
variations cannot be overstated. Availability of slab
products that give timber solutions entry to design
applications formerly reserved for material solutions like
RC or C-S slabs behoves engineers to employ the
structural analysis tools capable of maximising potential
of the new options.
There has been limited direct discussion here of
vibration serviceability design criteria. However,
indirectly the results presented here along with
discussion of them points to systemic inadequacies in
those that have been proposed. For example, it is clear
that using design criteria in which fundamental natural
frequency of a floor is the only dynamic response
characteristic required cannot capture how CLT floors
vibrate to cause motions that building occupants will
sense. As a minimum, there needs to also be
consideration of other modal frequencies in a manner
analogous to use of the parameter n40 by Eurocode 5
[17]. Even so parameters like the fundamental natural
frequency and n40 of a particular floor are still not
meaningful until used to predict quantities like the unit
impulse velocity (v) that directly relate to motions that
building occupant feel and that engineers can control. In
consequence FE and/or other analytical modal analysis
and time history response modelling techniques will only
benefit the aim of designing properly functioning
buildings if they can be married to realistic and well
formulated vibration performance assessment criteria.

5

CONCLUSIONS

FE model predictions support the need for dynamic
response analyses that realistically reflect actual details
of floor systems, and prediction of effects impacts that
occur under in-service conditions have on building
occupants. FE model predictions do not support the
acceptability of proposed simplified structural analysis
methods or their application in conjunction with
proposed simplistic design criteria in the literature.
Widespread availability of numerical analysis tools like
well verified finite element approximation software
packages makes it unnecessary in the modern context to
settle for engineering approaches that have proven
unreliable for serviceability performance design of floors
built using CLT or other lightweight materials. Ongoing
work by the authors is addressing ways of balancing
model precision with efficiency of design practice.
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APPENDIX: COMPARISON OF TEST AND PREDICTED MODE SHAPES (THREE-PLATE SLAB)
TEST
FE ANALYSIS
Thin-plate
Thick-plate

(a) Mode (1,1)*

(b) Mode (1,2)

(c) Mode (1,3)

(d) Mode (2,1)

(e) Mode (2,2)
*Mode (i,j): i= mode number in length direction, j= mode number in width direction
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EXPERIMENTAL AND NUMERICAL INVESTIGATIONS ON A MOULDED
WOODEN TUBE MADE OF BEECH EXPOSED TO LATERAL VEHICLE
IMPACT
Sebastiano Facchini1, Jens Hartig2, Peer Haller3
ABSTRACT: This paper presents experimental and numerical investigations on lateral vehicle impact on a wooden
tube made of beech (Fagus sylvatica). Wooden tubes are produced of solid wood boards, which were previously
densified transverse to the grain, by recovery of the initial densification during forming. The purpose of these
investigations is the development of poles for infrastructure equipment. The pole was tested experimentally on a car
crash testing facility with a bogie vehicle having a velocity of 100 km/h. The pole showed excellent frangibility and
transferred only low energy to the vehicle during the impact, which is advantageous for passenger safety. Besides the
test, also numerical simulations based on the explicit Finite Element Method were carried out. The anisotropy of the
wood in the load-bearing and failure behaviour was taken into account. The model was validated based on the
experimental results.

KEYWORDS: moulded wooden tube, vehicle impact, failure behaviour, numerical simulation, FEM, LS-DYNA

1 INTRODUCTION 123
In several fields of engineering, wood and timber have
been replaced by other materials in the past for many
reasons. Only recently, wood is recapturing fields of
application due to more efficient technologies to use the
material and an increasing awareness of the limitations
of non-renewable resources. One of these novel
technologies is wood moulding [1], which allows for the
production of structural elements with hollow profiles by
plastic forming similar to steel.
Wood moulding was shown to be applicable with
softwood as base material [2]. However, forest
conversions in consequence of strategies to establish
more robust forests with less vulnerability to climate
change could lead in Central Europe to an increasing
availability of hardwoods especially beech (Fagus
sylvatica) while the amount of softwood reduces. Thus,
it was recently investigated whether beech wood could
be used for wood moulding.
For the wood moulding technology, a preliminary
densification of the material, usually carried out in a
heating press, is necessary, so as to achieve recovery
potential for the subsequent moulding. Since beech has a
quite large density the maximum recovery potential is
1
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smaller than for softwoods, which posed a certain
challenge. Nevertheless, it was shown that beech is
suitable for wood moulding. Respective tubes with a
circular hollow cross section (length = 3 m, outer diameter = 0.32 m, wall thickness = 0.02 m) have a compression load-bearing capacity of about 60 N/mm² [3].
Due to the high load-bearing capacity, tubes of beech are
applicable as structural elements. The poor durability
might be overcome with a resin impregnation due to the
excellent penetrability of beech, so as applications under
outside exposure are possible.
A potential application, which is currently under
intensive investigation, are poles for infrastructure
equipment at streets or airports. Such poles have special
requirements regarding vehicle impact in order to ensure
passenger safety or to keep damage at the impacting
vehicle as low as possible. The design of such poles
often comprises fulfilling two contrary objectives, a high
load-bearing capacity with low deformations in the
service state but frangibility in the exceptional case of
vehicle impact, which is not easily accomplishable with
common construction materials like concrete or steel.
The relatively thin-walled hollow cross section of the
moulded wooden tube combined with the anisotropic
load-bearing and failure behaviour of the material is
advantageous for this application. Rarely enough,
brittleness of a material is an advantage, but here it
seems to be one.
Experimental investigations and numerical simulations
were carried out to determine the impact behaviour of
such tubes.
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2 MATERIALS
2.1 WOOD MOULDING
The production of wooden tubes consists of a particular
application of thermo-hydro-mechanical processes. The
procedure, represented in Figure 2, is explained in [4, 5]:
sawn planks are densified up to about 40% transverse to
the grain in an open system at 80°C-120°C for about 2
hours. After cooling down to a temperature lower than
80°C, so as to allow the resetting of the lignin, the planks
are cut into slats with a thickness depending on the
desired wall thickness of the tube. These are then glued
into boards or plates with the densification direction of
the wood oriented parallel to the plane of the board and
with a length that corresponds to the final length of the
tube. Afterwards, the panel is treated with water steam at
a temperature of about 110°C, so as to re-soften the
lignin and plasticize the wood. The recovery of the initial
densification and the shape memory effect allow a quasiplastic strain of about 67 %, which is used to mould the
board – in this case into a tube. Finally, the open joint is
glued.

However, in most applications an orthotropic
constitutive model is accepted. Under tension, the
behaviour of the wood can be described as linear elastic
up to failure.
For dynamic loading like impacts or explosions this
approach appears too reductive [6]. In fact, wood
exhibits post-peak degradation in tensile and shear
failure modes, while compressive failure is ductile and
characterized by yielding [6]; see Figure 1.

2.2 BEECH WOOD
In the past, the need of long and straight trunks for roofs
and structures preferred conifers for reforestation
causing an alteration of the natural composition of the
forests in Central Europe with a major portion of
softwood [3]. The use of beech wood, which, like other
deciduous species, has been limited since it usually
presents weaknesses as short stem, slow growth and
durability issues, is one step to the renovation of Central
European forests. Forestry and industry need to react
with new methods and products on this development.
New methods, like moulded wooden tubes (MWT)
technology, are fundamental in order to benefit from
advantages of beech wood, e. g. its flexibility,
treatability and mechanical strength.
2.2.1 Mechanical model
As known, wood is an anisotropic material, whose
properties are particularly influenced by the direction of
the grain.

Figure 2: Production process of moulded wooden tubes.

Figure 1: Softening response of southern yellow pine for
parallel and perpendicular modes (data from [6]).

Hence, a damage formulation, as described in [6], is
adopted for tension and shear in the development of the
numerical simulations of a lateral impact, which will be
presented later.
Wood exhibits pre-peak non-linearity in compression
parallel and perpendicular to the grain, which were
considered negligible in a first approach for the
representation of the dynamic behaviour because the predominant failure mechanism is tensile splitting and
compression failure is not catastrophic.
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Also the strain rate may influence wood behaviour with
an increase of strength as shown in [6, 7]. Since the investigations presented in this work were carried out with
relatively low velocities, this enhancement is negligible.
Finally, moisture content is known to modify wood
properties, also with impact loads, as investigated in [8,
9]. In particular, when it is greater than the fibre
saturation point (FSP, about 25-30% humidity), high
strain rate may cause the explosion of the specimen [8].
In both, experiments and numerical simulations, a
moisture content of 11-12% is assumed, which is typical
for service conditions.

3 EXPERIMENTAL INVESTIGATIONS

Figure 3: Bogie vehicle's fender (left), MWT in test position
(right).

The experimental campaign on full-scale wooden tubes
presented here is the first part of the investigations,
which will be used to validate the results of the
numerical model, afterwards. It consists of a crash test
between the pole and a bogie vehicle. The tests were
performed on a car crash testing facility of project
partner EUROPOLES.

Two high speed cameras were positioned in the lateral
side of the test site. Four black dots were painted on the
lateral side of the tubes, at 90° starting from the impact
point, so as to better analyse the breaking mode of the
pole and the displacement of the fragments.

3.1 METHOD

The wooden tube broke with very low energy
absorption. Hence, it was categorized as Non-Energy
(NE) absorbing according to [10]. Table 1 shows the
main results of the test.

The experiment was prepared in accordance with EN
12767 [10], which defines the requirements for lighting
columns on roads. The MWT used for the test, produced
on a pilot plant of one the project partners, had the
following average dimensions: 0.32 m of external
diameter, 0.02 m of wall thickness, 3.0 m of length. The
mass was measured as 54.6 kg resulting in a mean
density of wood of 890 kg/m3.
The pole was positioned vertically at the end of a paved
runway into a pit excavated for about 1 m in the ground.
In order to avoid the tube to pull out during the impact,
steel bars were inserted in the bottom part of the MWT.
Then the pit was filled with standard soil and compacted,
following the prescriptions of [10]. Hence, about 2 m of
the pole were remaining above the ground.
On the opposite side the paved area continued for more
than 15 m and it was followed by a safety slow-down
area filled with non-compacted gravel.
The adopted vehicle was a surrogate for a production
model vehicle according to [10]. The frontal fender of
the vehicle was simulated by a structure made of steel
tubes, which stiffness had been calibrated by the project
partner EUROPOLES to be comparable to a real vehicle’s
fender (see Figure 3).
The bogie vehicle was accelerated on the runway by a
cable system up to 100 km/h (according to [10]) and
released a few metres before the impact point; see Figure
4. This system simulates an impact with a specific
velocity letting the car freely move in any direction after
impact.
A triaxial acceleration measurement device applied on
the vehicle, as well as GPS, was used to continuously
determine accelerations and velocity and to calculate the
Theoretical Head Impactor Velocity (THIV) and the
Acceleration Severity Index (ASI) according to [11]. The
pole safety level was automatically determined by a
software.

3.2 RESULTS

Table 1: Experimental results.

Impact velocity
Exit velocity
THIV [11]
ASI [11]
Energy absorbing category [10]
Occupant safety level [10]

98.8 km/h
86.6 km/h
12.0 km/h
0.6
NE
2

The velocity-time diagram is shown in Figure 4. It can
be seen that after about 50 ms from the impact the speed
reduces to a value of about 85 km/h. This velocity is
remained for about 1 s before the gravel bed is slowing
down the vehicle rapidly.

Figure 4: Velocity-time diagram.

The high speed video showed first a heavy deformation
of the steel fender of the vehicle (see Figure 5(f)),
followed immediately by a flattening of the frontal part
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of the tube (t=15-20 ms). At a time t=25-30 ms, the
entire tube started flattening and separating into several
long slices (see Figure 5(a),(b)). The circumferential
section did not break into two halves perfectly: the
frontal part broke at about 80° from the impact point.
The tube was completely detached from the ground after
about 45 ms, split into various longitudinal slices and
other smaller fragments. Hence, the vehicle speed
stabilized again, until the end of the test.

contrary, a slice of the back part of the tube was not
detached from the foundation; see Figure 5(e). This
behaviour was caused by the presence of steel bars,
which prevented the pull-out of the entire pole.
Furthermore, the part of tube used as foundation in the
ground split at the position of the end joint, as visible in
the lowest part of the tube in Figure 5(d).

4 NUMERICAL SIMULATIONS
A numerical model was developed to explain the loadbearing and failure behaviour of the tubes and to have a
tool to optimise and forecast the behaviour of enhanced
constructions in future tests.
A common method to investigate impact phenomena is
the Finite Element Method with an explicit solver of the
arising non-linear equations. The commercially available
program system LS-DYNA was applied for this purpose.
4.1 METHOD

(a)

(b)

(c)

(d)

(e)

(f)

Figure 5: High speed video frames after impact: (a) t = 25 ms,
(b) t = 40 ms, (c) t = 80 ms; (d) Piece of tube carved in soil
during test, (e) runway after test, (f) Vehicle's fender after
impact.

The fragments of the tube moved up and in the direction
of motion of the vehicle accelerated by the impact,
permitting the vehicle to continue its run straightaway
and guaranteeing occupant safety. However, this fracture
mode could be problematic for the external safety, as the
exact displacement of the wood pieces is unpredictable.
Figure 5(d) shows the part of tube that remained in the
ground after the impact. The frontal slice was missing, as
it was pulled out with the upper part of the tube. On the

The tube was modelled as a hollow circular cylinder,
surrounded in the lower part by another cylinder which
simulated the soil. The impact was assured by modelling
a vehicle with the geometric characteristics of the bogie
vehicle of the crash test.
The MWT was restrained in axial direction at the bottom
surface, whereas the soil’s cylinder was fixed at the
bottom surface in every direction, so as to simulate real
conditions and prevent the tube to pull out during the
simulation. The vehicle was restrained in vertical
direction preventing take-off: this configuration is
acceptable if the impact presents low-energy absorption,
i.e. when vertical displacement of the car is assumed
negligible.
Every component of the model was meshed with
hexahedral constant stress solid elements, which are
characterized by only one integration point. Hence, in
order to avoid unphysical hourglass deformation modes,
the QBI (Quintessential Bending Incompressible)
hourglass stabilization was set, as recommended in [12].
4.1.1 Moulded wooden tubes
Wood behaviour was represented in LS-DYNA with a
specific material model [6], taking into account effects
like elastic anisotropy, directional plasticity under
compression, directional damage under tension as well
as tension softening. Stiffness and strength were
represented by 11 parameters assuming a transverse
isotropic behaviour. Damage was modelled with other 8
parameters, in accordance with [6].
The mechanical properties of densified beech wood
applied to the numerical model were taken from
literature, when present, or derived from the
characteristics of non-densified wood. A summary of the
employed properties is reported in Table 2.
Young’s modulus and compressive strength in
longitudinal direction are the results of the compression
tests on unreinforced moulded wooden tubes carried out
by Haller et al. [3], who measured also the density.
These values agree with the results of [13], where
densified wood has been compared to native beech

WCTE 2016 e-book | 2475

wood. Increase of both density and modulus of elasticity
in densified wood may be noticed.
The modulus of elasticity and the tensile strength
perpendicular to the grain were determined in
preliminary tests on clear specimens of densified beech
wood. These tests showed that the transverse tensile
strength does not increase with densification of wood.
The other parameters were derived from literature for
non-densified beech wood. Compression strength
perpendicular to the grain was assumed not to increase
due to the densification process, since cell voids are not
completely closed during the process. Moreover, the
thermal treatment may negatively affect the strength. As
any experimental test had been carried out, an average
value of the results in [14] for a moisture content of
12.4 % with a maximal strain of 5.1 % was used, as
reported in Table 2.
Table 2: Mechanical properties of densified beech wood
adopted in the numerical simulation (MAT_143 of LS-DYNA).

Properties
ρbeech,dens

Units
Values References
[kg/m3]
932
[3]
Stiffness
E0
[MPa]
17000
[3]
1
E90 = Er = Et
[MPa]
313
2
Glr = Glt
[MPa]
1085
[15]
Grt
[MPa]
380
[15]
νlr = νlt
[-]
0.04
[15]
νrt
[-]
0.31
[15]
Strength
σc,0
[MPa]
59.3
[3]
3
σt,0
[MPa]
124.0
[15]
σc,90
[MPa]
10.6
[14]
1
σt,90
[MPa]
9.8
3
τlr = τlt
[MPa]
20.9
[16]
τrt
[MPa]
16.3
[16]
Damage
4
Gf,0,1
[GPa∙mm]
0.100000
[17]
4
[17]
Gf,0,2
[GPa∙mm]
0.200000
4
Gf,90,1
[GPa∙mm]
0.000710
[17]
4
Gf,90,2
[GPa∙mm]
0.001420
[17]
4
B
[-]
50.0
[6]
4
[6]
D
[-]
50.0
d0
[-]
0.9999
[6]
d90
[-]
0.9900
[6]
1
preliminary experimental value
2
average value
3
estimated from densification ratio
4
calibrated comparing the numerical model with the
experimental campaign
Other values of stiffness and strength were derived from
[15], considering a moisture content of 11-12 % which
corresponds to service conditions. Shear moduli and
Poisson’s ratios were kept as for non-densified wood,
since it was not possible to determine the influence of
the densification process on the shear behaviour without
experimental tests. Since a transverse isotropic
behaviour was assumed, an average value of the shear
modulus Glr = Glt was calculated.

Differently, a particular criterion was applied in order to
evaluate the tensile strength in longitudinal direction of
the fibres: due to the densification of wood in transverse
direction, the longitudinal tensile strength should
increase approximately by a factor that corresponds to
the densification ratio, which was 20-35 % for the
production of MWT.
Finally, the experimental data in [16] was considered for
shear strengths. Four of the six different shear planes
were studied. Again, due to the adopted transverse
isotropic material model, average values were calculated.
Furthermore, as already described for the tensile strength
in longitudinal direction, the densification process
enhances shear strengths τlr = τlt, which were increased
proportionally to the densification ratio.
In order to describe the post-peak behaviour of wood for
tension and shear, a scalar damage parameter d was used
to transform the stress tensor associated with the
undamaged state into the stress tensor associated with
the damaged state. The damage parameter ranges from
d=0 for no damage to approaching unity for maximum
damage: in [6], the author suggested the use of a
parameter slightly lower than d=1 so as to avoid
numerical difficulties in the model. Moreover, two
different damage parameters d0 and d90 were set in
parallel and perpendicular direction of the grain, as
suggested in [6], since perpendicular damage is not
catastrophic (as cracking occurs between the fibres,
causing the wood to split at relatively low strength and
energy level) and erosion does not automatically appear.
This configuration should avoid computational
difficulties associated with extremely low stiffness and
strength. Fracture energies Gf were used in the model to
regulate mesh-size dependency, whereas shape factors B
and D modified the peak and post-peak trend in parallel
and perpendicular direction, respectively. All these
parameters were calibrated in comparison with the
results of the experimental investigations.
4.1.2 Bogie vehicle
The vehicle was modelled considering the shape of the
real vehicle used in the crash test. The frontal fender,
made of steel tubes in the experiment, was modelled as a
solid body in order to reduce computational load.

Figure 6: Tube and soil (left), vehicle’s fender (right) models
in LS-DYNA.
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The vehicle was represented as a rigid body, since it was
assumed to have high stiffness, keeping a mass of
900 kg, similarly to the experimental vehicle.
The fender was modelled as a solid body, considering a
crushable foam material model that permitted plastic
deformations with different stiffness in the direction of
the run and perpendicular to it (material model 142 of
LS-DYNA). A layer of 30 mm of isotropic softer foam
(material model 057 of LS-DYNA) was applied in the
frontal side, as shown in Figure 6, which allowed to set
the rounding of the frontal part of the fender during the
impact just optimizing the stiffness values,
independently from the part behind, which was entirely
responsible of the plastic deformation.

confined and it was at zero pressure during a significant
portion of analysis. An isotropic elastic behaviour was
assumed, taking into account void ratio, compaction,
excess pore-water pressure and cohesion, which could
affect the amount of deformation. Default standard
values given in [19] were applied, as shown in Table 4,
as any experimentation on soil in the car crash testing
facility had been carried out.

Table 3: Mechanical properties of bogie vehicle material
models adopted in the dynamic simulation of impact.

Properties
Units
Values References
Transvers isotropic crushable foam (MAT_142)
1
ρfender
[kg/m3]
205
2
E11 = E0
[MPa]
400
2
E22 = E90
[MPa]
160000
2
E12 = E31 (elastic
[MPa]
20000
shear modulus)
2
E23 (elastic shear
[MPa]
20000
modulus,
transverse
direction)
2
G (shear modulus) [MPa]
20000
2
K (bulk modulus)
[MPa]
20000
Isotropic low density foam (MAT_057)
1
ρfender,front
[kg/m3]
205
2
E
[MPa]
100000
HU - Hysteretic
[-]
0.3
[18]
unloading factor
vdamping Viscous
[-]
0.1
[18]
coefficient for
damping effects
SF “Shape factor”
[-]
1.0
[18]
for unloading
SC - Stiffness
[MPa]
17000
[18]
coefficient for step
size choice
Rigid body
1
ρvehicle
[kg/m3]
205
E
[MPa]
210000
ν
[-]
0.3
1
calculated so as to have a total vehicle mass of 900
kg
2
calibrated from experimental results
The fender properties were calibrated observing the
experimental results, as in Table 3. The big difference
between longitudinal and the other directions guaranteed
a flat deformation of the fender, which had been
predicted in the crash test. The constitutive law was
representative of foams, as shown in Figure 7.
4.1.3 Soil
Soil was represented with a specific material model,
considering that the top surface of the ground was not

Figure 7: Constitutive law of foams adopted in the numerical
simulation for both foam material model.

4.1.4 Analysis settings
In the simulation, the impact was assured applying only
an initial velocity to the bogie vehicle, so that it could
freely move in any direction after the collision with the
pole. The applied speed was 100 km/h corresponding to
the experimental investigations.
Gravity was neglected, reducing computational load,
since it was assumed to have a marginal role in the speed
reduction. Nevertheless, the mass of each part of the
system was considered for the effect of inertia forces
given by the impact.
Table 4: Mechanical properties of soil adopted in the
numerical simulation of impact (MAT_147 of LS_DYNA).

Properties
ρsoil
ρwater
G (shear modulus)
K (bulk modulus)
ϕ
εmax (failure limit)

Units
[kg/m3]
[kg/m3]
[MPa]
[MPa]
[rad]
[-]

Values
1700
1000
120
230
0.454
0.1

4.2 RESULTS
The results of the simulation were obtained from the
calibration of the model parameters carried out in
comparison with the experiments. The process mostly
regarded the fender of the vehicle, whereas wood
parameters were assumed by literature, as described
before. Furthermore, it was noticed that fender stiffness
may influence the results, altering the categorization
according to [10].
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The results of the simulation can be evaluated by a few
parameters, so as to verify the quality of the model and
compare it with the test results.
An hourglass energy lower than 10% of the internal
energy of the system assured the validity of the
numerical model.
Figure 8 shows the development of velocity after the
impact. Up to a time of 30 ms, the experimental and
simulated results show very good agreement.
Afterwards, the model underestimates the reduction of
velocity. This might result from neglecting plastic
deformability of the wood under compression
perpendicular to the grain reducing the dissipated
energy. Moreover, also the vehicle was simplified for the
simulation and effects of friction of the car, e. g., with
the street were not taken into account. The principal
experimental behaviour is, however, reproduced by the
model.

impact, a section of the tube is pulled out, while on the
opposite side the rupture is outside the soil.
Also the fender behaviour agrees qualitatively with the
experimental test, even though it was simply modelled as
a solid body; see Figure 11. The fender is compacted
completely and only in the vicinity of the impact an
indentation is observable.

Figure 9: Frames obtained from dynamic simulation of impact
developed with LS-DYNA.

Figure 8: Trend of vehicle velocity during impact simulation
and during the experimental test.

According to [10], exit velocity of the vehicle is the
main parameter for the calculation of the energy
absorption and the following categorization. As visible
in Figure 8, after a time of 80 ms after the impact, the
speed stabilized again at a value of 89.6 km/h. In Table
5, a comparison between experimental and simulated
velocity of the vehicle is reported.
Table 5: Vehicle velocity: test and simulation comparison.

vin
vout

Units
[km/h]
[km/h]

Experiment
98.8
86.6

Simulation
100.0
89.6

Furthermore, a visual comparison between the high
speed video of the test, cf. Figure 4, and the numerical
simulation shows the behaviour of the MWT and the
vehicle fender. As shown in Figure 9, the failure process
of the pole in the simulation qualitatively agrees with the
experiment. After an initial flatting, the tube breaks into
many longitudinal slices, showing a brittle behaviour.
Looking at the foundation part of the MWT, see Figure
10, the failure mode of the tube is agreeing with the
experiment; cf. Figure 5(d),(e). On the side of the

Figure 10: Frames obtained from dynamic simulation of
impact developed with LS-DYNA. Particular of the tube fixed
in the ground.

Figure 11: Frames obtained from dynamic simulation of
impact developed with LS-DYNA. Particular of the vehicle’s
fender.
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5 CONCLUSIONS
In this paper, the crash behaviour of a hollow wooden
profile made of beech produced with the wood moulding
technology was investigated. In the experiment, the pole
showed a frangible behaviour which is advantageous for
passenger safety. Due to the flying fragments an
application in non-urban zones might be advisable as for
most of NE type poles.
The results of the numerical simulations based on the
commercially available software LS-DYNA showed a
good agreement with the experiments, both, qualitatively
in terms of the observed failure behaviour and
quantitatively in terms of the velocity-time relation.
Thus, the underlying model is suitable to investigate
modified or more complex engineered construction by
simulations without experimental testing. This reduces
development costs and saves time.

ACKNOWLEDGEMENT

The authors gratefully acknowledge the financial support
from German Federal Ministry of Education and
Research for the Leading-Edge Cluster BioEconomy
project VP 1.12 – BEECHPOLE (grant number
031A441A). The authors also thank the project partners
OM Maschinenbau GbR, Europoles GmbH & Co. KG,
Eurocoatings GmbH and Deutsche Holzveredelung
Schmeing GmbH & Co. KG for collaboration. The
numerical simulations were performed on resources of
ZIH at Technische Universität Dresden.

REFERENCES
[1] P. Haller, „Vom Baum zum Bau oder die Quadratur
des Kreises,“ Wissenschaftliche Zeitschrift der TU
Dresden, Bd. 53, pp. 100-104, 2004.
[2] A. Heiduschke and P. Haller, “Fiber-Reinforced
Plastic-Confined Wood Profiles Under Axial
Compression,”
Structural
Engineering
International, vol. 20, no. 3, pp. 246-253, 2010.
[3] P. Haller, J. Hartig and J. Wehsener,
“Formholzrohre aus Buche,” Bautechnik, vol. 92,
pp. 36-39, 2015.
[4] P. Haller, “Concepts for textile reinforcements for
timber structures,” Materials and Structures, vol.
40, pp. 107-118, 2007.
[5] J. Wehsener, T. E. Werner, P. Haller and J. Hartig,
“Advancements for the Structural Application of
Fiber-Reinforced Moulded Wooden Tubes,”
Materials and Joints in Timber Structures, vol. 9,
pp. 99-108, 2014.
[6] Y. D. Murray, Manual for LS-DYNA Wood
Material Model 143, Colorado Springs: APTEK,
Inc., 2007.
[7] S. R. Reid and C. Peng, “Dynamic uniaxial
crushing of wood,” International Journal of Impact
Engineering, vol. 19, pp. 531-570, 1997.
[8] F. Pierre, G. Almeida, F. Huber, P. Jacquin and P.

Perré, “An original impact device for biomass
characterisation - results obtained for spruce and
poplar at different moisture contents,” Wood
Science and Technology, vol. 47, pp. 537-555,
2013.
[9] S. Widehammar, “Stress-strain relationships for
spruce wood - Influence of strain rate, moisture
content and loading direction,” Experimental
Mechanics, vol. 44, pp. 44-48, 2004.
[10] EN12767:2007 - Passive Safety of support
structures for road equipment - Requirements and
test
methods,
European
Committee
for
Standardization (CEN), 2007.
[11] EN1317:2010 - Road restraint system. Part 1:
Terminology and general criteria for test methods,
European Committee for Standardization (CEN),
2010.
[12] T. Erhart, “Review of Solid Element Formulations
in LS-DYNA,” in LS-DYNA Forum 2011 at
Entwicklerforum, Stuttgart, 2011.
[13] P. Pařil, M. Brabec, O. Maňák, R. Rousek, P.
Rademacher, P. Čermák and A. Dejmal,
“Comparison of selected physical and mechanical
properties of densified beech wood plasticized by
ammonia and saturated steam,” European Journal
of Wood and Wood Products, vol. 72, pp. 583-591,
2014.
[14] S. Hering, S. Saft, E. Resch, P. Niemz and M.
Kaliske, “Characterisation of moisture-dependent
plasticity of beech wood and its application to a
multi-surface plasticity model,” Holzforschung, vol.
66, pp. 373-380, 2012.
[15] T. Ozyhar, S. Hering and P. Niemz, “Moisturedependent elastic and strength anisotropy of
European beech wood in tension,” Journal of
Materials Science, vol. 47, pp. 6141-6150, 2012.
[16] A. Wagenführ and F. Scholz, Taschenbuch der
Holztechnik, Fachbuchverl. Leipzig im CarlHanser-Verlag, 2008.
[17] C. Sandhaas and J. Van de Kuilen, “Material model
for wood,” Heron, vol. 58, pp. 173-193, 2013.
[18] S. D. Burbank and L. V. Smith, “Dynamic
characterization of rigid foam used in finite element
sports ball simulations,” in Proceedings of the
Institution of Mechanical Engineers, Part P:
Journal of Sports Engineering and Technology,
2012.
[19] B. A. Lewis, Manual for LS-DYNA Soil Material
Model 147, I. APTEK, Ed., 1257 Lake Plaza Drive,
Colorado Springs, CO 80906-3558: Administration,
Sponsored by Office of Safety Research and
Development - Federal Highway, 2004.

WCTE 2016 e-book | 2479

MULTIPLE TENONS – NUMERICAL STUDIES ON LOCAL
REINFORCEMENT AND GEOMETRICAL OPTIMISATION
Timo Claus1 ,Werner Seim2
ABSTRACT: Based on experimental investigations of multiple tenon joints, a finite element model with cohesive
elements was developed to consider non-linear component behaviour in a otherwise linear-elastic material model. The
model was created to vary a large number of geometrical influences on the load capacity of the wood-to-wood joint.
Thus, complex experimental investigations were replaced by numerical determination. The comparable maximum shear
force at the connection was used to assess different multiple tenon configurations. Optimal tenon ratio (tenon length to
tenon height) was determined to 1.0. The investigation has shown that a form-fitting structure leads to higher load
capacities when a gap between the connection partners is considered. Additional reinforcements of the wooden joint
were developed and used to predict following experimental results.
KEYWORDS: multiple tenon, wood-to-wood joint, FE model, cohesive zone, fracture mechanics

1 INTRODUCTION 12
1.1 MOTIVATION
Material properties of wood and wood-based materials
have been improved to reach higher strength along with
lower spreading. The manufacturing processes have also
been developed to achieve high prefabricated machinemade components to avoid uncertainties in the timberframing process. Therefore, new kinds of timber joints
can be imagined which are more flexible in both the
production and assembly process. Computer numerical
controlled production methods are finding more and
more applications in timber-framing. The traditional
mortise and tenon connection is an example of the
transfer of loads between a secondary beam and a main
beam without any fasteners or steel hangars. A simple
wood-to-wood connection shows advantages in
manufacturing and assembly processes along with lower
material and wage costs.

Experimental investigations into multiple tenon
configurations (Figure 1) show significantly higher loadbearing capacities of the multiple tenon connection
compared to single tenon and dovetail connections. A
comparison with other wood-to-wood joints illustrates an
increase of load capacity of about 200 %, as shown by
Claus and Seim [1]. The load-deformation behaviour
shows clearly that loads could be redistributed within the
joint. After the first crack occurs, the connection is able
to keep the achieved load level instead of showing a
softening behaviour. The failure of this kind of wood-towood joint is announced by high deformation caused by
pressure perpendicular to the grain.
The effort of getting experimental data is huge and the
outcome is always restricted. Thus, it is necessary to
develop a mechanical model to predict different
characteristics of tenon configuration and behaviour of
reinforced joints. An easy way is to create a numerical
model with the method finite elements.
1.2 STATE-OF-THE-ART

Figure 1: Geometry of the experimental series.
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Modelling the realistic behaviour of wood connections
means developing a model which considers non-linear
behaviour due to crack propagation. Hence, an effective
way is to define a potential crack layer. This helps to
reduce non-linear formulation to certain finite elements
and saves computing time.
Kuna [2] gives an overview of different techniques to
implement fracture mechanics into a finite element
model.
Specific investigations of crack propagation in wood due
to bolted connections were realised by Blass et al [3].
Interface elements were defined with an ultimate stress
and strain criterion depending on the material density.
Danielsson [4] created a three-dimensional (3D)
cohesive zone model for softening behaviour governed
by the three out-of-fracture-plane stresses. The model
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was used to estimate failure at dowel type crossconnections and in glulam beams with holes. Ultimate
loads were determined using of predefined crack layers.
A cohesive zone model for the failure analysis of tapered
tenon joints was also used by Koch et al. [5]. In this
case, a 3D model was used with a cohesive element
considering stresses perpendicular to the grain (Mode I)
and shear stresses parallel to the grain (Mode II), as well
as rolling shear stresses (Mode III). Failure was caused
by rolling shear stresses. The authors defined the failure
criterion as a combination of the three possible modes.
After failure, the transformed fracture energy leads to
softening behaviour of the cohesive elements.

2 NUMERICAL MODEL

2.2 COHESIVE ZONE
The crack layers were defined at the lower edge of the
tenons. The cohesive elements in the girder were
arranged up to 2 h to reduce calculating time.
Two-dimensional element types COH2D4 with four
nodes were chosen. An element thickness of 0.01 mm
was chosen. Hence, the ratio of element thickness to
element length is 1/1000.
The behaviour of the cohesive elements is implemented
according to Koch et al. [5]. The characteristic of the
elements is mainly classified in three phases. Initially,
elastic behaviour is assumed until the stress criterion is
reached. Subsequently, softening of the elements occurs
until the fracture energy is completely dissipated (Figure
3). Finally, the cohesive elements have zero stiffness.

2.1 2D- MODEL
The numerical model for the multiple tenon joint was
developed within the framework of the commercial
software package ABAQUS [6]. The structural model
consists of two parts. The girder was designed as a twodimensional (2D) plane. The support of the girder is
created from a slice of the main beam with the thickness
of the girder. The force was put on a steel plate on the
upper side of the girder (Figure 2). The end of the girder
was free to rotate. The main beam was fixed in the
direction of the force F and pivoted around its axis out of
the plane. The reaction forces were defined on a
reference point to simplify the data post-processing.
Friction between the parts guaranteed the load transfer
under contact. The friction coefficient was set as μ = 0.4
according to Koch et al. [5].

main beam

girder

tenon configuration

Figure 3: Fracture energy depending on maximum tension
perpendicular to the grain and crack opening mechanism in
the cohesive zone for mode I.

cohesive layer

Figure 2: 2D Model of a girder with a four-tenon connection.

The model consists of CPS4R quadratic elements. A
mesh width of 10 mm was chosen. There is no need of
mesh refinement for this model. The elements act in a
linear-elastic way with orthotropic material properties
(Table 1).
Table 1: Material parameter of 2D elements.

N/mm²
N/mm²

El
11000
Glr
450

Cohesive zone

Et
800
Glt
450

Er
450
Grt
40

νlr
0.45
-

νlt
0.45
-

νlr
0.25
-

The separation law in ABAQUS [6] is defined via
“quads damage”. This enables a stress-dependant
behaviour. Damage is assumed to initiate when a
predefined interaction function reaches the value of one.
The tension stresses perpendicular to the grain σt,90 and
the shear stresses parallel τ and rolling shear stresses τrs
were considered and compared to the corresponding
strengths ft.90, fv and frs.
2

⎛  t ,90 ⎞ ⎛ 
⎜
⎟ + ⎜⎜
⎜f
⎟
⎝ t ,90 ⎠ ⎝ f v

2

⎞ ⎛  rs
⎟⎟ + ⎜⎜
⎠ ⎝ f rs

2

⎞
⎟⎟ = 1
⎠

(1)

An effective deformation is determined by the
combination of deformation in each direction: δt,90, δv
and δrs.

 m = t2,90 + v2 +  rs2

(2)

The effective deformation is used to define the stiffness
variable D. With the maximum displacement δmmax, and
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the displacement δ0 and δ1 at the beginning and the end
of the softening period, D is defined as

 m1 ( mmax   m0 )
.
D = max 1
 m ( m   m0 )

(3)

The starting value of D is zero and totally increases to its
maximum of 1.0 when the energy is dissipated. The
stiffness variable influences the stresses within the
cohesive elements. Tensile stresses in mode I show
softening behaviour, whereas compressive stresses are
not influenced by the stiffness variable.
⎧⎪
⎨
⎪⎩

(1  D )   ,  0

 ,  0

(4)

 = (1  D ) 

(5)

 rs = (1  D )  rs

(6)

The shear and rolling shear stresses in mode II and III at
maximum deformation are zero and are not affected by
alternating directions.
Damage evolution is selected linearly, thus, the
displacements at complete softening are derived by the
total fracture energy of each mode:

1
G cI =   t1,90
2

(7)

1
2

(8)

1
2

(9)

G cII =   v1

G cIII =  rs   rs1

The fracture energy equals the geometrical area under
the tension-separation law (Figure 3). The failure
criterion for multimode fracture is defined as

⎛G I
⎜⎜ I
⎝ Gc

2

2

⎞ ⎛ G II ⎞ ⎛ G III
⎟⎟ + ⎜⎜ II ⎟⎟ + ⎜⎜ III
⎠ ⎝ Gc ⎠ ⎝ Gc

2

⎞
⎟⎟ = 1 .
⎠

(10)

The stress criterion for tensile stresses perpendicular to
the grain is decisive for the multiple tenon geometry, but
shear stresses also occur at the notched corner. The
rolling shear stresses have a negligible effect on the
softening and failure behaviour.
Linear-elastic material properties parallel and
perpendicular to the grain are similar to the orthotropic
material definitions. The failure stresses and fracture

Table 2: Material parameter of cohesive elements.

in
N/mm²

parameter
ft,90
fv
1.0
4.0

frs
1.0

GI
0.2

GII
0.6

GIII
1.5

energy for modes I – III were selected according to Koch
et al. [5] and Franke [7]. The outcome of the model
depends on the mechanical parameters. The influence of
the single values differs a lot. Thus, a validation with a
sensitivity analysis is appropriate.

3 VALIDATION
The four-tenon geometry according to the experimental
set-up of range T1.TM4 was used to validate the FE
model. The model was set up with the values from Table
1 and Table 2. The comparison of numerical and
experimental results is documented in Figure 4 for the
load-deformation curve for the series T1.TM4.

maximum Fv

Figure 4: Validation of the FE model with the experimental
data (dashed) for multiple tenon geometry T1.TM4.

The model developed shows good accordance with the
experimental results. The stiffness of the model complies
with nearly the average stiffness of the six experimental
connections tested. The characteristic changes of the
stiffness due to redistributed loads as shown in [1] are
not simulated in the model.
The stiffness of the wooden joint depends considerably
on the modelling of the support of the main beam. The
maximum force in the joint is always higher when the
support is not free to rotate.
A sensitivity analysis showed that the variation of the
fracture energy in mode I has the greatest impact on the
failure load.
Setting the friction coefficient between the contact
surfaces to zero decreases the maximum load about 30
%. Under total friction, the maximum force in the
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connection is only 5 % higher. Higher density of the
mesh and height of the cohesive elements have no real
effect on the maximum loads.
The size of the first load step is important for the
convergence of the calculation. An initial load step of 1
% of the maximum load was chosen for this model.

and 50 mm. Under 20 mm, the load capacity decreased
significantly (Figure 6).
Regarding the variation of tenon height, a higher tenon
leads to higher maximum load levels. The variation of
the load level for tenon heights between 20 and 40 mm is
not significant.

4 APPLICATION AND OPTIMISATION
The FE-model developed for the multiple tenons was
used to calculate the load capacity for different
geometries and
modifications. The following
investigations were aimed to optimise the tenon
geometry for further experimental investigations.
4.1 TENON CONFIGURATION
The number and the position of tenons were varied based
on the four-tenon geometry. Figure 5 shows maximum
loads for different tenon configurations.

Figure 6: Maximum load in the joint Fv in relation to the tenon
length.

Figure 7 shows the ratio of tenon length (lt) to tenon
height (ht) in relationship to the maximum force in the
joint. It is apparent that short and compact tenons lead to
lower load capacities of the whole joint. A ratio of lt/ht =
1.0 leads to maximum load levels.
Tenons with a lower height are more flexible. This is
helpful for redistributing loads within the joint. A short,
rigid tenon does not have any deformation capacity and,
thus, the maximum shear force of a single tenon is
reached earlier.
The tenon length will be reduced to 20 mm along with a
height of 20 mm for further experimental investigations.
This ensures a sufficient compression area and the
rotational capacity required.
Figure 5: Maximum load depending on the number of tenons
and the location within the face geometry.

The maximum shear force in the connection generally
increases with the number of tenons. The higher the
altitude of the group of tenon within the cross-section,
the higher the maximum load capacity is. The four-tenon
geometry shows the highest load level. If the tenons are
arranged in the middle of the cross-section, the load
capacity increases almost linearly with the number of
tenons.
The tenons should be arranged at the bottom edge of the
beam for further experimental investigations. The
interaction with the load capacity of the mortise must
then be considered.
In order to increase the number of tenons in one joint, it
is important to know about the required dimensions of
each tenon. Thus, the tenon length and height of the four
tenons were varied. Firstly, the tenon length was
changed from 5 to 50 mm. The maximum load is nearly
independent of the tenon length for values between 20

Figure 7: Relation between single tenon shape and maximum
shear force within the connection.
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4.2 MANUFACTURING TOLERANCES
Experimental investigations show an increase of stiffness
of multiple tenon joints (Figure 4). This behaviour
occurs due to gaps between the mortise and tenon. In
many cases, there is no perfect form fitting between all
connection partners. On the one hand, the gaps result
from the accuracy of the manufacturing process, on the
other hand, swelling and shrinkage are also responsible
for gaps. Producers of joinery machines label the
precision of the machines with +/- 0.25 mm.
The swelling and shrinkage deformation of wooden
beams in housing construction (h = 300 mm) is
determined to more than 2.0 mm.

Figure 9: Load-deformation characteristics for different gap
height between the lowest tenon and mortise.

If the gap between the parts too large (2.0 mm), then the
tenon does not get into contact with the mortise until
failure. In this case, the load capacity of the wooden joint
is only 60 % of the ideal form-fitting connection.
Figure 8: Detail of a two tenon geometry with a gap between
tenon and mortise (1) in a non-deformed and a deformed state.

The model was modified to examine different gaps
between mortise and tenon. First calculations showed
that the final load capacity depends on the location of the
gap. If the gap is between the lowest tenon and mortise,
the load level will be much more influenced than for
other connections.
This could be explained by the load capacity of each
tenon. Without considering any gaps, the lowest tenon
would transfer most of the stresses.
The gap height was modelled between 0.25 and 2.0 mm
for the calculations depicted in Figure 9. The load
deformation behaviour shows similar characteristics
compared to the experimental load-deformation curves
documented in Figure 4. The force at the wooden joint
generally increases with smaller gaps. At the beginning,
the deformations of every model are similar until the
lowest tenon got into contact with the mortise. The
stiffness of the connection increases by transferring the
stresses via all tenons.

4.3 LOCAL REINFORCEMENT
Reinforcement of sections which fail due to brittle
failure is already commonly used for notched supports,
beams with holes or bolted connections. Along with the
increase of load-bearing capacity, the deformation
capacity can be enhanced (e.g. Franke et al. [8], Jockwer
[9] and Blass et al. [10]).
A simple and economic type of reinforcement is the
application of self-tapping screws. Reinforcement
particularly of the multiple tenon joints leads to multiple
single loads in the axial direction of the fully threaded
screw due to the vertically appearing crack layers. In
between the layers, the thread of the screw collects the
tensile stresses perpendicular to the grain. The two
failure modes of self-tapping screws used for notched
beams are the steel failure in tension and the withdrawal
failure of the threaded part of the screws. Pull-through
failure of the screw head remains unconsidered.
Tannert & Lam [11] investigated different screw set-ups
(90°, 55° and 45°) and concluded that screws under a
certain angle lead to higher load capacities in
combination with brittle failure. At an angle of 90°, the
load capacity can be increased by about 50 % and a
ductile behaviour still exists. Moreover an angle of 90°
facilitates prefabrication. Figure 10(a) shows the
possible crack layers and the tensile forces Fax,i in the
reinforcing screw.

WCTE 2016 e-book | 2484

(b)

(a)

Figure 10: Multiple tenon with self-tapping screws (a) loaddeformation curve for fully threaded screws according to Blass
et al. [3] (b).

Blass et al. [3] tested different screw types with varying
diameters d, effective penetration length of the thread lef
and the density ρk of the wood. An equation for the axial
tensile strength Rax was derived from these tests.

Rax = n  0,6  d  l ef 0.9  r 0.8

(11)

It must be considered that the withdrawal tensile strength
is smaller than the strength against steel failure. In
ABAQUS, the screws were modelled as tension springs
with elastic-plastic behaviour. The elasticity is defined as
slip modulus of the self-tapping screw according to Blass
et al. [3]:
k ax = n  234   r  d   l ef 0.4
0.2

(12)

For the 2D model, all screws in a row were summarised
in one element with a total stiffness and elastic limit.
For the finite element model, a reinforcement with three
self-tapping screws with d = 12 mm and a constant
effective length of lef = 40 mm was considered. An edge
distance of a = 3d = 36 mm was chosen. The stiffness of
the spring is kax,tot = 17125 N/mm and the limit of
elasticity is calculated at Rax,tot = 29160 N.
In Figure 11, the loading of the connection and tension
forces in the screws are plotted on an increasing load
level. After the first crack forms out at the tenon (4), the
screw is being loaded in this layer. The force in the
screw Fax,4 increases, as the crack reaches the screw. The
total force in the connection increases after a small
decrease as a result of softening behaviour. After that,
the next crack is growing at tenon (3). Here, the tensile
force is growing much higher than in the plane (4). This
can be attributed to the higher stiffness and load capacity
of the overlying lamella.

Figure 11: Development of forces in the connection and
forces within the self-tapping screws.

This pattern repeated until all four crack layers opened.
The results show that the total load capacity of the
multiple tenon joint is not significantly higher while
using reinforcement in the form of fully threaded screws.
Cracks will occur at the notched corner of the tenon with
or without reinforcement. In comparison to the
unreinforced multiple tenon connection, the post
cracking behaviour especially differs. Softening
behaviour of the cohesive elements is delayed because of
the tension strength of the fully threaded screws.
4.4 PEGGED CONNECTIONS
It is necessary to simplify the assembly process for broad
applications of connections with multiple tenons.
Mounting the girder between two beams might be
impossible with a tenon connection. In this case, a
pegged connection, as shown in Figure 12, could be easy
to use.
inlet

crack layer

girder

Figure 12: Possible geometry of a pegged connection with two
inlets between wooden beams.
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A first model was created with two inlets. The inlets
consist of a high-performance timber-based material,
such as beech LVL, with a bending strength of fm,k = 65.0
N/mm². The shear strength and the compressive strength
perpendicular to the grain are also much higher than for
laminated timber.
Linear-elastic observations show that the clamping of the
loose inlet leads to high peaks of transversal tensile
stresses at the upper side of the inlet. Thus, the cohesive
elements were arranged at this side (Figure 12).
The lengths of the two inlets were varied between 100
mm and 300 mm. The failure of the cohesive elements is
announced by large bending deformations of the single
slats. The deformation is about two times higher than
that of the multiple tenon joint with four tenons. The
connection shows a clearly ductile behaviour.
inlet

inlet

validation with the experimental data shows
corresponding behaviour.
The model was used to optimise the multiple tenon
geometry regarding the ratio of length and height of the
single tenons. The influence of manufacturing precision
could be quantified by a variation of gap height between
single tenon and mortise.
Bridging the several crack layers with a fully threaded
screw as reinforcement enhances the deformation
capacity.
All in all, the finite element model is a strong tool to get
quantitative assessments about a wide range of effects
due to geometrical variation. The numerical results for a
valuable basis enable a target-oriented design of the
specimens for further experimental testing
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NUMERICAL SIMULATION OF REINFORCED TIMBER STRUCTURES
PERPENDICULAR TO THE GRAIN
Elisabeth Naderer1, Steffen Franke2, Bettina Franke3
ABSTRACT: High strength and stiffness identifies timber as an excellent building material with a high future potential. The fibres in longitudinal direction offer the best mechanical performance. The strength and stiffness values perpendicular to the grain are considerably lower. To increase the load carrying capacity for compression perpendicular to
the grain, timber can be reinforced by self-tapping screws. The reinforcement effect and the load carrying capacity of
the reinforced timber element are investigated through numerical simulations. Screws with changing diameters and
lengths are modelled within a timber cross section and subjected to an axial load. An increased load bearing capacity
could be observed, which was compared to experiments. The results show that the load bearing capacity is mainly influenced by the screw diameter, not screw length.
KEYWORDS: Timber, Reinforcement, Compression, Numerical Simulation, self-tapping screws

1 INTRODUCTION123

2 STATE OF THE ART

Efficient and economical constructions lead to highly
stressed timber structures that perform excellent in terms
of strength and stiffness parallel to the grain. Perpendicular to the grain the strength and stiffness is significantly lower [1] and form the weak points within the
structure. To avoid using massive and thick structural
elements, the weak parts can be strengthened using selftapping screws (STS). They can be screwed directly into
the wood or after pre-drilling and load can be applied
directly after.

The increasing diameters and lengths of STS extend their
field of application for reinforcing timber elements. A
great advantage is their suitability for visible constructions.

A large variety of screw types is used to strengthen timber structures. They differ from their diameter, length,
thread, head and tip geometry all of which influences the
load carrying capacity as well as the reinforcement effect.
The aim of the research project is to gain a better understanding on the load carrying capacity with a focus on
the stress distribution within the screw and the timber
element. The study focuses on slender screws and their
buckling behaviour. Therefore, a 3D finite element model has been generated to simulate the load transfer and
the load bearing capacity of the reinforced timber element.

The strengthening effect of STS and the increased load
carrying capacity are investigated in various research
projects. These projects mainly focus on the areas with
tension perpendicular to the grain.
Several other studies concentrate on the reinforcement
effect for compression perpendicular to the grain. Here
experimental test series and numerical simulations are
performed using mainly 2D models. Different screw
failure mechanisms can be found in the literature and are
implemented in the finite element model, such as the
buckling of the screw (see Figure 1).

a)
1
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b)

c)

d)

Figure 1: possible failure modes according [2] and [3].
a) Screw is pushed into the timber
b) Reaching the load carrying capacity on the screw tip
c) Buckling of the screw
d) Screw head is pushed through the timber
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3 MATERIAL AND NUMERICAL
MODEL
The 3D simulation of the reinforced timber construction
was done using the finite element program ANSYS®.
The model describes the behaviour of the screw, the
timber and the interaction between the two. Therefore
the screw and the timber cross section were modelled
with 3D elements (Solid45). An example of the used
screw geometry can be seen in Figure 2.
The rectangular timber block is divided into different
geometrical parts (see Figure 3). The contact surfaces of
these volumes illustrate the possible cracking areas of
the timber element. They are located along the wood
fibre and around the screw and are defined using contact
elements (CONTA174 and Targe170) with cohesive
zone materials (CZM) (see Figure 5 and Table 1). The
bottom surface of the wood block is mounted rigidly.
The contact between the wood block and the screw is
defined with friction. The screw itself consists of a, in
screw-thread enclosed, cylindrical element with a simplified tip. In contrast to what is seen in the illustration in
Figure 3, the screw head is not included in the model.
The screw is inserted in the wood so that the top of the
screw is at an equal height as the timber block creating a
smooth surface.
The wooden material is modelled with a bilinear orthotropic material definition using the material law ANISO.
With this option the strength parameters can vary between the three directions, longitudinal, radial and tangential and can differentiate between tension and compression. The bilinear definition allows simulating elastic and plastic material behaviour, as shown in Figure 6.
As wood has no plastic behaviour in tension and shear
direction, specific cracking areas were defined and modelled using contact elements with cohesive zone material
definitions. They are defined by the normal tension
strength ft, the shear strength fv, the related fracture energies GI and GII and the damping coefficient η, as shown
in Figure 5. The used material parameters are shown in
Table 1. Due to the inhomogeneous nature of wood,
some assumptions and simplifications were made in the
material definitions. Local variations of stiffness and
strength values as well as the influence of temperature
and moisture changes are neglected. Efforts are being
taken to simulate the screwing process (with and without
pre-drilling) but they are not included within the model
as they did not deliver a satisfactory result due to modelling and calculation (convergence) problems [4]. To
generate plastic behaviour and simulate the buckling
effect the screw was modelled with a bilinear material
definition.
The investigated model contains different screw types
(Type A, B and C), diameters (6-13 mm) and lengths
(50 – 400 mm). The screw types differ slightly from
their geometry like the core diameter and the thread
pitch. The geometry data are taken from [5], [6] and [7].
The load is applied either by a single load or a load distribution plate (50 x 50 mm) on the top of the screw

head. The names of the calculated models are composed
by its load direction, load type (single load or load distribution plate), screw type, diameter and screw length as
shown in the scheme below, see Figure 4.

Figure 2: Geometry STS, Type B [5]

Figure 3: Complete model (top), exploded half model (bottom)
D90_LVP_A_D10_L100
screw length: 100 mm
screw diameter: 10 mm
screw type: A (Spax)
load type: load distribution plate
load direction: 90°
Figure 4: Declaration of test series
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Table 1: Material properties used for the numerical simulation
[8], [9]
Wood - Glulam
Modulus of Elasticity EL ¦ ER ¦ ET
Modulus of Rigidity GLR ¦ GLT ¦ GRT
Poisson ratio vLR ¦ vLT ¦ vRT
Tension strength ft,L ¦ ft,R ¦ ft,T
Tangent modulus Tt,L ¦ Tt,R ¦ Tt,T
Compression strength fc,L ¦ fc,R ¦ fc,T
Tangent modulus Tc,L ¦ Tc,R ¦ Tc,T
Shear strength fv,LR ¦ fv,LT ¦ fv,RT
Tangent modulus Tv,LR ¦ Tv,LT ¦ Tv,RT

11’990 ¦ 820 ¦ 420 MPa
620 ¦ 740 ¦ 42 MPa
0.055 ¦ 0.035 ¦ 0.311
130 ¦ 2.0 ¦ 2.6 MPa
0.1 ¦ 0.1 ¦ 0.1
50 ¦ 2.6 ¦ 3.7 MPa
0.1 ¦ 5.0 ¦ 1.0
5.0 ¦ 4.1 ¦ 1.0 MPa
0.01 ¦ 0.01 ¦ 0.01

Cohesive zone material
Tension strength ft,L ¦ ft,R ¦ ft,T
Fracture energy (I) Gc,LI ¦ Gc,RI ¦ Gc,TI
Shear strength fv,LR ¦ fv,LT ¦ fv,RT
Fracture energy (II) Gc,LRII¦ Gc,LTII ¦ Gc,RTII

130 ¦ 2.0 ¦ 2.6 MPa
40 ¦ 0.18 ¦ 0.18 Nmm/mm2
5.0 ¦ 4.1 ¦ 1.0 MPa
1.2 ¦ 1.2 ¦ 0.6 Nmm/mm2

Screw
Modulus of Elasticity E
Poisson ratio v
Tension strength ft
Tangent modulus Tt

210’000 MPa
0.2
1000 MPa
0.1

Friction
Friction coefficient

0.6
Figure 7: Characteristic load-deformation behaviour of a
reinforced timber block, top: elastic plastic deformation range,
bottom: reaching the ultimate load (buckling)[2]

4 RESULTS AND DISCUSSION
4.1 LOAD-DEFORMATION CURVES
The results of the numerical simulations are load deformation curves. The curves are defined by an elastic stiffness Kax which is represented by the gradient of the
curve, a maximum deflection umax, and a maximum load
carrying capacity Rax. The curves appear in two different
shapes; a bilinear curve with elastic and plastic material
behaviour and a curve reaching an ultimate load capacity, as seen in Figure 7.
Figure 5: Cohesive zone material law

Figure 6: Bilinear material definition

For short screws, thick screws and screws loaded by a
load distribution plate, the load deformation curve appears in the bilinear shape, no buckling behaviour could
be indicated. This bilinear behaviour is similar to the
compression behaviour of a timber cross section without
reinforcement under compression perpendicular to grain.
As there is no defined ultimate load, the load carrying
capacity is determined by limiting the plastic deformation. A selection of various procedures and methods
to determine the load carrying capacity can be found in
[4]. According to these methods, the load carrying capacity is determined at 1 mm plastic deformation.
However, the slender screws, loaded by a single point
load, show an ultimate load that corresponds to the buckling load. The load carrying capacity is therefore determined by using the ultimate load.
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4.2 LOAD CARRYING CAPACITY
The variation of screw types, screw diameter and screw
length deliver associated load carrying capacities ranging
(D90_A_D6_L50)
to
from
Fmax = 5.07 kN
D90_C_D13_L360)
and
from
Fmax = 55.1 kN
(D90_LVP_A_D6_L50)
to
Fmax = 30.35 kN
Fmax = 120.3 kN (D90_LVP_C_D_L360), see Figure 8
and Figure 10. The results differ by a factor 6 (single
load) and factor 4 (load distribution plate). When observing the results, depending on the screw length and diameter, the arrays of curves show a steady increase. The
screw diameter has a larger influence on the load carrying capacity than the screw length. A 100 mm long
screw, for example, doubles its load carrying capacity by
increasing the diameter from 6 mm to 10 mm.
For short and thick screws loaded by a single point load
with a slenderness of less than about 12.5, the load carrying capacity, as shown in Figure 8, increases proportional to the screw length. By doubling the length, the maximum load doubles from e.g. Fmax = 11.1 kN
(lS = 50 mm) to Fmax = 21.2 kN (lS = 100 mm). For higher slenderness, long and slender screws, a stagnating
load carrying capacity is achieved due to the buckling
failure as shown in Figure 9. Experimental tests run by
[10] show identical failure behaviour.

can only be seen using comparably thick screws
(d > 12 mm). The curve of model D90_LVP_B_D12
first shows a steep increase till a length of lS = 50 mm
(Fmax = 53.5 kN). After that the curve flattens. From
lS = 200 mm onwards the load stagnates whilst increasing the screw length. For these samples the buckling
could not be simulated. Figure 11 shows that the modelled screw does not display any lateral deformation as
seen in the experimental results.
The graphs (Figure 8 and Figure 10) show that the load
carrying capacity mainly depends on the screw diameter
and the screw length. Therefore, the determined loads
are stated dependent on the lateral surface of the screw
(Figure 12 and Figure 13) given as:
∗

∗

Where [mm] is the outer screw diameter and [mm] is
the embedment length.

Samples loaded by a distribution plate describe flattening trilinear curves as shown in Figure 10. Stagnations

The maximum load in Figures 8 and 9 nearly show a
linear dependency on lateral surface. Better correlation
can be achieved by increasing the influence of the screw
∗ ∗
diameter. By adapting the x-axis from
to ∗ . ∗ , improved coefficients of determination
of R2 = 0.858 for single point load (Figure 14) and
R2 = 0.931 for load distribution plate (Figure 15) can be
achieved.

Figure 8: Maximal load carrying capacity depending on the
screw length lS loaded by single load

Figure 10: Maximal load carrying capacity depending on the
screw length lS with load distribution plate

Figure 9: Buckling of the screw in numerical models and
experimental test [10] (single load)

Figure 11: Buckling of the screw in experimental tests [10], no
screw failure inside the numerical model (load distribution
plate)
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Figure 12: Maximal load carrying capacity of screw A, B and
C, R2 = 0.775, loaded by single load

Figure 14: Maximal load carrying capacity of screw A, B and
C, R2 = 0.858, loaded by single load

Figure 13: Maximal load carrying capacity of screw A, B and
C, R2 = 0.855, load distribution plate

Figure 15: Maximal load carrying capacity of screw A, B and
C, R2 = 0.931, load distribution plate

A reduction of edge distances within the model does not
affect the calculated load carrying capacity significantly.
This can be explained that inserting the screw into the
timber element is not included in the numerical model.
Therefore an effective evaluation of the load carrying
capacity with reduced edge distances cannot be made.
When comparing the load deformation curves of the
numerical model to experimental results carried out by
[10], it can be seen that the curves overlap. The ultimate
load carrying capacity calculated through the numerical
model underestimates the values obtained from experimental results (Figure 16). However, the slopes of the
numerical and experimental load-displacement curves
correspond with one another. Using a load distribution
plate, the numerical models show a higher stiffness and
load carrying capacity than the experimental test (Figure
17). The flattening of the graphs of the experiments and
the models occur approximately at the same load but
differ from their displacements. The graphs of the experimental test results show a load plateau, whilst the
graphs of simulated models show a slightly increase.
This is because of the failure mode, i.e. the buckling of
the screw, which could not be simulated (Figure 11).

Figure 16: Comparison of the load deflection curves of numerical models and experimental test results by [10], single load

Figure 17: Comparison of the load deflection curves of numerical models and experimental test results by [10], load distribution plate
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4.3 STRESS DISTRIBUTION ALONG THE
SCREW AXES
The load carrying capacity of the reinforced element
depends on the load transmission from the reinforcement
element into the timber block as well as the type of loading. When applying the single point load on the screw
head, the load transfer goes entirely through the screw
into the timber element. The vertical deformations occur
close to the screw axis where the load distribution within
the timber is relatively small. The largest deformation is
located on the screw head, where the largest load appears
(see Figure 18). The screw transfers the load gradually
into the timber. This can be seen in the stress distribution
along the screw axis (Figure 19, left). The load dissemination occurs along the axis with the greatest material
stiffness, i.e. in the main direction of the fibre.
When applying the load by distribution plate, the load is
transferred by the screw into the timber element and, if
the distribution plate has direct contact with the timber, it
is also directly transferred into the timber element. This
leads to high deformation of the timber block surface.
However, due to the high screw stiffness, the screw
attracts the load, which subsequently is transmitted into
the timber. The load transfer can be distinguished into
two parts; linear elastic and plastic stress development in
the wood material. In the linear elastic part, the screw
shows a stress peak on the screw head, followed by a
drastic decrease. Within the timber element, the stress
increases slightly followed by a linear decrease. On
closer inspection a wavelike shaped curve can be detected that is caused by the thread of the screw.
The stress within the timber element is indicated along
the screw shaft and occurs in relatively regular shape.
The zero points correspond to the position of the thread
on which wooden material is not present. As long as the
wooden material behaves linear elastic, the highest
stresses are located on the top of the timber block and at
the end of the screw thread close to the screw tip. In the
middle of the screw the stresses within the timber element are smaller as the stress distribution shows a decrease (Figure 19). With increasing load the highly
stressed parts start to plastify and stresses here do not
increase significantly. Hence, the inner parts get loaded
more until the whole wood material is plastified along
the screw length. Under compression, due to singularities, a stress peak located on the screw tip appears.
When taking a closer look on the area around the screw
thread, the load transfer and the appearing stresses within the timber element can be illustrated and analysed.
The main stresses located within the timber are in compression perpendicular to the grain and shear stresses
(see Figure 20). When pushing the screw into the timber,
high compressive stresses below the thread occurs (displayed in blue-green), the timber material starts to plastify in these local zones. On the thread edges tension
stresses perpendicular to the grain arise (displayed light
yellow) that can cause local cracks within the timber
cross section. Around the thread, mainly shear stresses
occur in the timber, displayed in red and blue.

Figure 18: Vertical deformation of a full block (top) and a
middle section (bottom) due to the applied load, single load
(left), load distributing plate (right)

Figure 19: Stress distribution along the screw axis, screw is
pushed into the timber in axial direction (u = 1.0 mm), Left:
loaded by a single point load, right: loaded using a load
distribution plate

σR

τLR

Figure 20: Normal and shear stresses located around the
screw thread
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4.4 VARIATION OF THE MODEL AND DISCUSSION
The load deformation curves of the experimental tests by
[10] and numerical models show similarities but also
some major differences. When using a load distribution
plate, the calculated load deflection curves are higher
and the slope is greater than that of the experimental test
results, meaning the model shows higher load carrying
capacities than the experiments. When loading the model
with a single point load, the calculated load carrying
capacity curves are lower than that of the experiments
whereas the slope is almost identical. This means that the
tests show an equal stiffness but a lower load bearing
capacity and an earlier buckling behaviour of the screw.
To achieve better overlap between the tests and the model, the material parameters need to be adapted. Therefore
the numerical model and the test results of an unreinforced timber block were compared. In the numerical
model timber is loaded in radial and tangential direction.
Both directions show higher load carrying capacities and
a greater stiffness than the experimental tests (Figure
21). For this reason the material elasticity in radial direction is changed to ER = 250 N/mm2 and the compression
strength lowered to fc,R = 0.8 N/mm2. Accordingly, the
compression and tension strength values in tangential
direction were changed to ft,T = 0.8 N/mm2 and fc,T =
2.0 N/mm2 respectively (see Table 2). Due to these
changes, the load carrying capacity of the modelled
unreinforced timber cross section corresponds better to
that of the experimental tests (Figure 21).

Testresults
90

pressure in radial direction

80

pressure in tangential direction

70

Load F [kN]

Loaded with compression, the screw can buckle. The
buckling load is influenced by the screw’s yield strength
and the definition of the fracture plane parallel to the
grain. With opening the crack, the bedding of the screw
changes and the screw buckles. The buckling load can be
changed by adapting the tensile strength ft,T and the related fracture energy Gc,TI.

By using the new material parameters for the reinforced
timber cross section the achieved maximum load carrying capacities are reduced. Especially the load distribution plate models show lower capacities (Figure 23). The
single load models do not show a major change in comparison to the first set of material parameters (Figure
22). The changes in the material parameters did not influence the ultimate buckling load. The stiffness corresponds well using the new set of material parameters.

pressure in radial direction with
reduced material parameters
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Figure 21: Comparison of test results by [10] and numerical
models load deformations curves of an unreinforced timber
block
45
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This leads to the assumption that the compression and
tension strength perpendicular to the grain and the shear
strength are the main parameters influencing the calculated load deformation curves. Sensibility analyses of the
model show that the tension strength has a minor influence on the load deformation curves.
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Figure 22: Comparison of the load deflection curves of models
with reduced material parameters and experimental tests by
[10] ( single load )
120

Wood - Glulam
Modulus of Elasticity EL ¦ ER ¦ ET

11’990 ¦ 250 ¦ 420 MPa

Load F [kN]

100

Table 2: Reduced material properties used for the numerical
simulation

80
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red. D90_LVP_A_D12_L400

Modulus of Rigidity GLR ¦ GLT ¦ GRT

620 ¦ 740 ¦ 42 MPa

40

Poisson ratio vLR ¦ vLT ¦ vRT

0.055 ¦ 0.035 ¦ 0.311

20

Tension strength ft,L ¦ ft,R ¦ ft,T

130 ¦ 2.0 ¦ 0.8 MPa

Tangent modulus Tt,L ¦ Tt,R ¦ Tt,T

0.1 ¦ 0.1 ¦ 0.1

Compression strength fc,L ¦ fc,R ¦ fc,T

50 ¦ 0.8 ¦ 2.0 MPa

Tangent modulus Tc,L ¦ Tc,R ¦ Tc,T

0.1 ¦ 5.0 ¦ 1.0

Shear strength fv,LR ¦ fv,LT ¦ fv,RT

5.0 ¦ 4.1 ¦ 1.0 MPa

Tangent modulus Tv,LR ¦ Tv,LT ¦ Tv,RT

0.01 ¦ 0.01 ¦ 0.01
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Figure 23: Comparison of the load deflection curves of models
with reduced material parameters and experimental tests by
[10] (load distribution plate)
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5 CONCLUSIONS
The numerical models provide a good description of the
reinforcement effect by STS. However, as the differences between the finite-element models and reality are
still too big, further adaptation of material parameters or
local conditions need to be made. In near future the
screwing-in process could be implemented to simulate
the damages and the changes within the wood structure.
Apart from these changes, further tests needs to be done
in order to use the models as an extension of these tests.
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STRENGTH AND STABILITY OF TRADITIONAL TIMBER FRAMES
André Jorissen1, Jordan Dorlijn2, Ad Leijten3 and Bert Snijder4
ABSTRACT: This paper reports the on-going research into traditional timber frames at the Eindhoven University of
Technology (TU/e) in the Netherlands, see e.g. [1] for a paper presented at WCTE 2014. Traditional timber frames were
common structures for centuries. They lost popularity due to high manufacturing costs and low rated perception related
to durability and load carrying capacity. Today’s technology provides timber frames and especially connections with
high precision at relatively low production costs. This, together with the fact that these structures are still appealing,
result in an increasing popularity although, as shown in this paper, the load carrying capacity of the frame regarded as a
sway system is (very) low. The realisation of traditional timber frames is still based on craftsmanship without
knowledge about strength, stability and stiffness. Traditional portal frames as shown in figure 1 are analysed. The
analyses of numerical and experimental results show the peg diameter to be decisive for the mortise and tenon stiffness
for which a design formula is derived.
KEYWORDS: Traditional timber frames, mortise and tenon connections

1 INTRODUCTION 123
Traditional portal frames as shown in figure 1 are
analysed.
Wedged connections

Mortise and tenon
connections

Column

Column

Beam

research is reported in this paper and in [6]. From this
analysis design rules can be derived for both the load
carrying capacity (first and second order) and stiffness of
the frame. Many experiments on mortise and tenon
connections have been reported in e.g. [3], on which
accurate capacity design rules for these connections are
derived. However, little research is reported on the
stiffness of these connections and on the behaviour of
the whole structure.
The objective of the research described in the paper is to
develop design rules for strength (stability) and stiffness
of traditional portal frames weakened by the mortise and
tenon connections.
The connections studied are shown in figure (2)

wedge connection

Figure 1: Timber frames studied (figure based on [2])

To increase the knowledge about the behaviour of
traditional timber frames, experimental, analytical and
numerical research is carried out. The experiments are
reported in [1] and [5]. Further analytical and numerical
1
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Mortise
Tenon
Dowel

Figure 2:Connections studied (figure based on [2])

This type of construction is frequently applied over the
centuries in relatively large constructions. After the
Second World War, the application almost disappeared
due to the required (missing) craftsmanship and high
costs (manual labour). The constructions are made
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regularly again today; effective industrial processes
reduce the costs and demands on the craftsmanship.
As the popularity rises more understanding of the
behaviour is required in order to continue to ensure
safety. The design of the structure is still mostly based
on experience without knowledge of the actual strength,
stability and rigidity.
The research described in this paper indicates, that,
considering the fact that the mechanical behaviour, also
on the side where the brace is in compression, is
determined by the dowel, the relatively flexible mortisetenon connections reduces the load carrying capacity up
to 80%. The flexible mortise-tenon connections also
increases the so-called second order movements
compared to the situation without these flexible
connections. This reduces the critical load, defined as the
axial load carrying capacity by the frame columns, in
case of a combination of horizontal and vertical loads,
considerably compared to the situation without the
flexibility of the joints.
It is therefore highly important to investigate the
stiffness of the connections and study the effect on the
strength, rigidity and stability of the frame.

Mode V:

FV 
With
Fi
d
ts
tm
fem
fes
fev
fyb

1 2
d f ev
2

(5)

Connection strength according to mode i [N]
Dowel diameter
[mm]
Side member thickness (beam/column) [mm]
Middle member thickness (tenon) [mm]
Tenon embedment strength
[N/mm2]
Side member embedment strength [N/mm2]
Fastener shear strength
[N/mm2]
Fastener bending strength
[N/mm2]

Mode I
½ FI

½ FI

Mode II
½ FII

Strength models for the mortise and tenon connections
reported in literature regarded are based on the original
so-called Johansen [4] equations, for which elastic
properties of the fastener are used (and not elastic-plastic
properties as for the later developed European Yield
Model[10]) and therefore suitable for wooden dowel
type fasteners. Consequently, brittle failure modes are
assumed not to be determining.
Equations (1) to (5) show the load carrying capacity per
dowel according to the Johansen principle; the
corresponding failure modes are shown in figure 3 [3].
Mode I:

(1)

Mode II:

Mode III:

FIII
Q

2dt s f em f es

2 f es  f em

(2)





Q 1

2( f es  f em ) 2 f yb (2 f es  f em ) d

f em
3 f em f es t s2

(3)
2

Mode IV:

 2 f yb f em f es 

FIV  2d 2 
 3( f es  f em ) 

½ FIII

½ FIII

tm

2.1 MORTISE AND TENON CONNECTION
STRENGTH AND STIFFNESS

FIm  2dt s f es

½ FII
ts

2 ANALYTICAL ANALYSES

FIm  dt m f em

Mode III

(4)

FI

Mode IV
½ FIV

FIII

FII

Mode V

½ FIV ½ FV

½ FV

ts

tm

tm

FIV

FV

Figure 3: Failure mechanism [3]

For the stiffness of these connections a spring model,
already described in [1] and [5], is used. Since the
stiffness is defined in the elastic state, different
contributions can be superposed. The connection
deformation is due to (first) the embedment in the pen
(tenon), (second) the dowel deformation and (third) the
embedment in the column/beam (“support”). The
superposition of these contributions is illustrated in
figure 4.
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kdowel
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ktenon



F
k dowel



F
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F
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2 ktenon k dowel k "sup port "

(6)

ktenon  k dowel  2 ksup port

K”support”

Figure 4: Mortise-tenon connection stiffness modelling [5]

2.2 FRAME BEHAVIOUR
The frame considered is shown in figure 5. The
connections are schematized by translational springs
with spring stiffness ‘kθB’ for the beam side connections
and ‘kθC’ for the column side connections.
The structure is loaded with a horizontal point load FH
and vertical point loads FV. Brace angles are represented
by ‘θC’ and ‘θB’ (respectively column-brace and beambrace angles).

L67

Fc1

Fc
FH

H

B

L23

B

The wedge connection (see figures 1 and 2), can be
regarded as a hinge (for realistic brace lengths this
connection hardly contributes to the stiffness). For the
strength and stability of the frames, the stiffness of the
braces, and especially the stiffness of the mortise-tenon
connections, is determining; actually the stiffness of the
triangle realised by the brace, column and beam, as
indicated in figure 7. For the analytical stability analyses
of the frame Dunkerley’s theorem [7] is used to find the
total buckling load Fc, of which the principle is shown in
figure 7 and equation (7).

beam

Fc2

“=”

L78

H

system 1

L12

C

C=

“+”

EI = 



EIcolumn


ktenon

Distinction can be made between tension side behaviour
and compression side behaviour although the behaviour
is similar up to a certain extend. The behaviour is
completely different when in the compression brace
member contact is made with the beam / column and the
load is transferred by bearing. However, shrinkage of the
connection causes gaps up to 3-4 mm which causes the
connections both in tension and compression behave
similar (the brace force is transferred by the dowel both
in tension and compression).

column

F

system 2

C = stiffness provided by the triangle
brace – column - beam
Figure 7:Dunkerley’s theorem [7]

L34

L56

Figure 5: Mechanical model of the frame

H

The frame is regarded as a so-called sway – frame of
which the displacements are indicated in figure 6.

Figure 6: Sway movement of the frame

1
1
1


Fc Fc1 Fc 2

(7)

For both Fc1 and Fc2 equations are analytically derived
and consequently the critical load Fc can be determined.
For system 1 it is assumed, that the brace, including the
connections to the beam and column, is infinitely stiff
while the beam and column have their original stiffness.
For system 2 it is the opposite: the brace, including the
connections to beam and column, have their original
stiffness while the beam and column are regarded with
an infinite stiffness. Thus, in principle the systems as
shown in figure 8 are analysed.
The analytical result of system 1 is not an equation
suitable for hand calculation. However, the load carrying
capacity of system 1 is so high compared to that of
system 2, as indicated in figure 14, that in fact only
system 2 has to be considered. The result for system 2,
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being a very good approximation for the complete timber
frame, is given by equation (8).

Fc  Fc 2  k brace

2
34

L .L
[N]
H L  L234



kbrace [N/mm]
L23 and L34 [mm]
H [mm]

kbrace 

kc
EA

" "

kc EA
2 EA  kc Lb

dowel

kc
EIc = 

EIc

kbrace 

system 1

kc EA
2 EA  kc Lb

plane 3

system 2

ts

Figure 8: Buckling systems

In which n



Fc

beam / column
(mortise housing)

tm
2

Figure 9: Numerical model of the connection

Furthermore, First and second order deflections are
analysed. Taking kbrace as defined in figure 8 into account
first order deflections (w1st) can be derived. The second
order deflections (w2nd) are determined with equation (9).

w2 nd  w1st

plane 2

kbrace 

kc kB= kc

tenon
(brace)

EIb = 

EA kB

EIc

plane 1

EIb

" "

Force in the brace

Fc2

EIb

k c

Remark: plane indications are given in figure 9.
R.P. is the point of reference considering displacements

see figure 8
see figure 5
see figure 5 and 7

Fc1

Fc

(8)



ui = displacement in ‘i’ direction
rui = rotation around ‘i'-axis

d

With

2
23
2
23

plane 3 (grey area): ux = 0, uy = 0, uz = 0.

n
[mm]
n 1

(9)

Fapplied

An equilibrium analyses in the deformed situation,
taking the second order displacement w2nd into account,
results in forces and bending moments in the timber
frame elements of which usually the tension force in one
of the braces is determining.

3 NUMERICAL ANALYSES
The numerical analyses focuses on the mortise and tenon
connection behaviour and on stability (second order –
equilibrium in the deformed situation).
3.1 MORTISE AND TENON CONNECTION
STIFFNESS
Firstly, a finite element model of the mortise and tenon
connections was built in Abacus version 6.13.1 with a
number of changeable parameters: grain angle “”,
dowel diameter “d”, tenon width “tm” and beam and
column width “b” (b = 2ts + tm as shown in figure 9).
In order to reduce calculation time, a quarter of the
connection is modelled, which is possible due to double
symmetry of the connection. The following boundary
conditions are applied:
plane 1 (front): ruz = 0, ruy = 0, ux = 0;
plane 2 (right side): rux = 0, ruy = 0, uz = 0;

The connection is modelled with 8-node (linear)
elements. A (quasi-) isotropic material model is used for
the main and side members, because the members are
mainly loaded in one direction. Material properties in an
angle to the grain are obtained by using a Hankinson
interpolation between parallel (f0) and perpendicular (f90)
material properties for both strength and stiffness.
according to equation (10), based on [8].

f 
In which

f 0 f 90
f 0 sin 2 ( )  f 90 cos 2 ( )

(10)

strength f0 = 26 N/mm2
f90 = 5,0 N/mm2
stiffness E0 = 11540 N/mm2
E90 = 350 N/mm2

The dowel is given an orthotropic material model, due to
loading in multiple directions, of which the stiffness
matrix ‘[D]’ is given in [6], based on experiments on
“dry” European Oak (average moisture content of 20%)
described in [5].
Poisson ratios are taken as: μXY = μXZ = μYZ = μZY = 0,41
and μYX = μZX = 0,061; these values are based on [11].
The numerical model is verified with experimental data
from [5], actually an embedment test resulting in a loadslip curve from which the stiffness is determined, which
are shown in table (1).
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The grain angle follows from the angle of the brace with
the column and beam, figure 5. Common brace angles
vary between 30o and 600.

 =α = 52

5534
4770
6450
5585

o

5268
6097
5683

Experimental tests were performed on connections with
a width of b = 150 mm, dowel diameter ‘d = 22 mm’,
tenon width of tm = 37,5 mm (a quarter of the connection
width) and side member width ‘ts = 56,25 mm’ (3/8 of the
connection width) , see figure (10).

d

ts

ts

tm

Figure 10:Cutting of experimental test, from [5]

As mentioned in table 1, two grain angles have been
tested, namely 38o and 52o. Table 2 shows the numerical
results for these grain angles.
Table 2: Numerical connection stiffness KC [6]

Num. stiffness [N/mm]

 = α = 38
6900

o

The results for a beam width of 125 mm and 400 mm are
shown in respectively figure 11 and 12. Other beam
widths give the same type of result (proportional to the
peg diameter d) and are therefore not elaborated in this
paper. Full results can be found in [6].
Each figure shows three trend lines representing the
three grain angles ‘a30-a45-a60’ numerically evaluated.
The points in the graph represent the connection stiffness
for the chosen peg diameters (table 3).
12,00
10,00
8,00
6,00

a30

4,00

a45

2,00
0,00

a60
15

20

25

30

35

40

Peg Diameter d [mm]
Figure 11: Results for 125 mm beam / column width

 = α = 52
6320

o

Surprisingly, experimental results show a slight increase
in stiffness for a grain angle of 52 o (closer to
perpendicular to the grain). The high spread in
experimental results shows the connection’s sensitivity
to imperfections. Furthermore, although the stiffness
values according to the numerical model are higher
compared to the experimental values (up to
approximately 20%, which is approximately equal to the
spread in the experimental results), the numerical results
are used for further frame analysis.
The numerical analysis is based on the set of geometrical
parameters given in table 3. The tenon width tmis taken
as a quarter of the connection width; since loads are
mainly transferred by shear in the dowel the tenon width
hardly influences the connection stiffness.
Table 3:Parameter set

Beam width
Dowel (peg) diameter
Grain angle
125 mm
18 mm
150 mm
20 mm
30o
200 mm
22 mm
450
300 mm
27 mm
600
400 mm
38 mm
Remark: thus 75 different set-ups are analysed.

16,00
Connetion stiffness k [kN/mm]

 =α = 38

KC=KB [N/mm]
Specimen 1
Specimen 2
Specimen 3
Average

o

Connetion stiffness k [kN/mm]

Table 1: Experimental connection stiffness [5]

14,00
12,00
10,00
8,00
6,00

a30

4,00

a45

2,00
0,00

a60
15

20
25
30
Peg Diameter d [mm]

35

40

Figure 12: Results for 400 mm beam/ column width

The results show a clear linear relation between peg
diameter and connections stiffness for all results. In
order to analyse the influence of the beam width on the
connection stiffness, the slopes of the trend lines for all
beam widths, are plotted, figure (13).
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analytical results for system 2 can be verified using
equation (8). The following geometrical parameters (see
figure 5) are used:

0,40
k/d [kN/mm2]

0,35
0,30
0,25
0,20

a30

0,15

a45

0,10

a60

0,05
0,00

0

200

400

600

Connection width 'b' [mm]
Figure 13: Relative stiffness k/d

The highest connection stiffness is found at a connection
width of 200 mm for all three grain angles.
The difference in connection stiffness between the
maximum found stiffness at b = 200 mm and the
minimum at b = 125 mm, is less than 10 %, which is less
than the spread in experimental results. Therefore the
influence of connection width on the connection stiffness
is neglected, so that the connection stiffness can be
described by equation shown (11).
(11)

kC  kB  k c  A  d

In which: kC = kB =kc= the connection stiffness in
[kN/mm] as indicated in figure 8.
A
material factor depending on the
material properties and grain angle in
[kN/mm2],
d
the peg diameter in [mm].
The material factors ‘A’, for this particular research
based on European dry oak, are given in table (4) for the
three investigated grain angles.
Table 4: Material factors ‘A’ [kN/mm2]

A

α = 30o
0,32

α = 45o
0,30

 Frame height H = 2500 mm
Frame length L = 5000 mm
L23 = L34 = 1000 mm
 = 450 for both the beam and column connection
 One dowel at both the column and beam to brace
connection.
 Timber element cross section:
Beam / column: b = 300 mm
h = 300 mm
Brace:
b = 125 mm
h = 250 mm
 Material: European Oak – moisture content  ≈ 20%
E = 11500 N/mm2
 Peg (dowel) diameter d = 27 mm
 kbrace = 4 kN/mm (figure 8)
Figure 14 shows the buckling load for both systems 1
and 2 (see figure 7) and the total (combined) system. For
both the numerical and analytical approaches these
systems are analysed separately after which the
analytical results are combined using equation (7). The
y-axis represents the buckling load in [kN], the x-axis
the brace distance in [mm] (L23, L34, L56 and L67 in figure
5). A brace distance of 2500 mm shows non-sway
buckling as a trussed type frame is formed.
For all systems analytical (striped lines) and numerical
results (dots) are plotted. Because the analytical en
numerical results for system 2 and also for the combined
results are almost identical, there is no clear visible
difference between the results.

α = 60o
0,28

3.2 TIMBER FRAME ANALYSIS
The timber frame analysed is shown in figure 5. First
buckling is considered numerically. After, full structural
behaviour is analysed including buckling, first and
second order deflections and failure in which both
horizontal and vertical loading, as indicated in figure 5,
are considered. Based on these analysis design rules are
extracted that estimate horizontal and vertical load
capacity.
The frame is simulated in Abaqus 6.13.1 with ‘B21’ 2
node linear elements and analysed for system 1, system 2
and the total system in order to find the influence of
connection stiffness on the buckling load.
Figure 14 shows the result for a number of frames
considered. Not only the numerical results are plotted;
also the analytical results according to the analytical
analysis discussed related to figure 7 are plotted. The

Figure 14: Buckling results

The analytical results of system 1 compared to the
numerical, differentiate for L34 = L56 > 1500 mm brace
distance. This is due to the assumption during the
analytical analysis that sway is governing, while nonsway buckling becomes governing when brace distances
become larger. Therefore the analytical results for swaytype buckling become infinite.
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Itis clear that the results of system 2 are close to the
results of the combined (or total) system. This indicates
that buckling due to the low connection stiffness (system
2) governs the system. For a practical brace distance of
1000 mm, an 80% decrease in buckling compared to
system 1 load is found Thus, when a sway system is
expected to be the governing system, the connection
system has to be taken into account.
In that case, system 2 overestimates the total buckling
load with less than 10% and is therefore a good
approximation.
As discussed earlier, second order deformations are
determined by equation (9) with the applied force, the
buckling load and first order deflections w1st, indicated in
figure 15.
w1st

kc

kc

beam
bending

column
bending

EIc

brace
kc EA
elongation
kbrace 
2 EA  kc Lb
Figure 15: First order frame displacements w1st.

The horizontal load capacity is determined by first order
forces and the capacity of the connection, as they are the
weakest link. The structure can still hold some force
after failure of connections in tension, as it is still
supported by the compression side. However, after
connection failure, the compression side carries the full
bending moment of the frame for which, in some
configurations, it doesn’t hold enough strength.
Therefore failure of a connection in tension is considered
as frame failure.
First order frame failure (due to a horizontal point
loadFu,H) is determined by equilibrium and given by
equation (12).

Fu , H ,1st 
With:
Fu,H,1st
Fu;connection

2 Fu ;connection sin  c l 23
H

Horizontal load capacity
Connection strength

(12)

[N]
[N]

For second order frame failure analyses the frame
deformations, determined according to equation (9),
have to be taken into account (due to second order
moments, less horizontal force can be applied.
Equilibrium analyses of the deformed structure results in
the horizontal load carrying capacity Fu,H.2nd when the
frame is also loaded with a vertical force Fu,V according
to equation (13).

H

Rewritten the other way around, the result is the vertical
load carrying capacity Fu,V,nd when the frame is also
loaded with a given horizontal load Fu,H; the result is
equation (14).

Fu,V,2st
Fu,H

w1st

2Fu ;connection sin  c L23  Fu ;V w2 nd  (13)

Horizontal load capacity
[N]
Second order displacement determined
according to equation (9) [mm]
Applied vertical load
[N]

Fu,V

Fu ;connection sin  c L23 
w2 nd

1
Fu ; H H
2

(14)

Vertical load capacity
Applied horizontal load

[N]
[N]

Based on equation (13) or (14) an interaction diagram
can be made between horizontal and vertical loads
applied in combination with the dowel diameter, as the
capacity and stiffness of the structure is determined by
the mortise and tenon connections. Figure 16 shows this
interaction diagram for the frame example for which the
geometrical parameters are given in 3.2. Second order
displacements are determined by (9). The mortise and
tenon brace-column and brace-beam connections both
hold 2 pegs. The brace stiffness therefore

K brace 

k c EA
2k c EA

[kN/mm].
2 EA  2k c Lb EA  k c Lb

1600

1) D = 18 mm
2) D = 22 mm
3) D = 27 mm
4) D = 38 mm

1400
1200
Vertical Forces [kN]

EA

With:
Fu,H,2st
wnd

Fu ;V , 2 nd 

EIb

FH

Fu ; H , 2 nd 

1000
800
600
400
200
0

1)

0

5

2)

3)

4)

10
15
20
Horizontal Force [kN]

25

Figure 15: Load interaction diagram

The interaction diagram clearly shows the influence of
the dowel diameter on the horizontal and vertical load
capacity of the structure. When zero horizontal load is
applied, the graph gives the critical load Fc, equation (8),
and when zero vertical load is applied the maximum first
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order horizontal load according to equation (12) is
found.

4 EXPERIMENTAL TESTS
No tests on full seize traditional timber portal frames are
carried out at TU/e up to now. The experimental research
referred to is the research carried out described in [1] and
[5].

5 CONCLUSIONS
From the experiments and the numerical simulations it is
clear that the peg diameter is the most determining
parameter for mortise and tenon stiffness, for the brace
stiffness and for the total frame stiffness.
It is even possible to derive a simple equation like
equation (11).
Consequently, the stiffness of the brace, and the load
carrying capacity Fc can be increased by increasing the
wooden dowel diameter. It must be said that the results
for the material factor ‘A’ presented in this paper (table
4) only account for dry European Oak with a moisture
content of 20% average. For other wood species and
moisture contents, this factor is possibly different.
The load carrying capacity Fc of a traditional timber
portal frame determined with a second order analyses in
Abaqus, equals to the analytically determined load
carrying capacity according to equation (8).
Maximum load carrying capacity of the frame is
determined by the strength of the mortise and tenon
connections, (Fu;connection) and the interaction between
horizontal FH, and vertical FV, point loads; the
relationship between these parameters are given by
equation (14).
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EXPERIMENTAL STUDY ON RESTORING FORCE OF JAPANESE
TRADITIONAL COLUMN COMBINED WITH TIE BEAM AND BEARING
BLOCK
Akihisa Kitamori1, Sok-Yee Yeo3, Tsuyoshi Aoyama2, Yu-Lin Chung3, Takuro
Mori2, Min-Fu Hsu3, Kohei Komatsu4, Hiroshi Isoda2
ABSTRACT: This paper reports an experimental study of Japanese traditional timber portal frame, especially focusing
on a column restoring force works in combination with head tie beam and bearing block. The static lateral loading test
with constant vertical force revealed that head tie beam has significant influence on restoring force. A higher level
vertical force caused a compressive yield of bearing block, which resulted in a reduction of restoring force ratio. The
resistance of restoring force by column rocking calculated by subtracting the resistance of girder and tie beam from total
shear resistance could be expressed by the mechanical model. The ratio in strength of head tie beam was almost equal to
that of restoring force.
KEYWORDS: Traditional Timber Structure, Restoring Force, Tie Beam, Bearing Block, Portal Frame

1 INTRODUCTION 123
In Japanese traditional timber buildings, a column
restoring force works against horizontal force. A heavy
roof weight supported by relatively large columns
insures its mechanism1). Column is commonly used in
combination with head tie beam and bearing block ( and
with bracket complex). Authors have reported estimation
model of elast-plastic behaviour of bracket complex2).
Usually bracket complexes called Kumimono, which is
composed of the multi layers of short beams and wooden
blocks, are placed on the top of columns without strong
mechanical connection, but fixed by the heavy roof
weight. Maeno [4] investigated working mechanism of
full scale traditional timber frame structure by both
dynamic and static loading test, and verified its ductile
behaviour. The ratio of contribution to rotational
resistance of each structural joint component against the
external force was also clarified. Then the significant
influence of the deformation of Kumimono on the total
deformation of frame was verified. However the working
mechanism of combination of portal frame elements are
not clarified yet. Therefore this paper reports an
experimental study of Japanese traditional timber portal
frame, especially focusing on a column restoring force
works in combination with head tie beam and bearing
block.

2 MATERIALS AND METHODS
2.1 SPECIMEN
L-shape Frame specimens which consists of round
column (300mm in diameter), head tie beam
(120x240mm) and bearing block were employed in this
study. All members were made of China fir. The
specimen overview is shown in Fig.3. The head time
beam was placed in the square half cut hole at the top of
column between column and bearing block. Four square
pegs were used to connect top of the column and bearing
block. The top of the column was formed slightly more
slender than the body part. All contact surface was flat
and there was interlocking connection between members.
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Figure 1: Frame structure with head tie beam in Japanese
traditional Temple.
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Top diameter =290mm

Bearing block (octagon shape)

240

Bottom diameter =220mm

120

Dowel ◇=15mm, L=60mm

End distance outside of
the hole =100mm

Head tie beam 120x240mm
Top diameter =250mm
Square hole120x240mm

Colomn D=300mm
Bottom diameter =300mm

Figure 2: Model of column top elements (as example)

Figure 3: Column top elements of the frame specimen

2.2 TEST SETUP

1200mm), amount of vertical force (20kN, 40kN) and
presence or absence of head tie beam. The same column
material was used for throughout the test conditions,
while bearing block and head tie beam material was
exchanged by each test condition. Namely, firstly
column height condition of 2400mm was carried out,
then by cutting the bottom part of the column and
replacing the beam and block to the new member, the
column height condition of 1800mm were performed,
then column height condition of 1200mm followed at
last. The different column height condition is shown in
Fig.5.

Test parameter was the height of the column (2400, 1800,

Vertical load condition of 20kN and 40kN was decided
by the estimation according to the roof weight of real
Taiwanese temple. All test parameters are listed in
Table.1. In the same column height condition, firstly
without top tie beam condition was tested in order of
20kN vertical load condition to 40kN vertical load
condition. The example of without top-tie beam test
condition is shown if Fig.6. Then by inserting the beam,
with top tie beam condition was tested like shown in

1500

Head Tie Beam
120x240

300

LoadCell#0

330

cyclic loading

strain gauge measurement
at top and bottom surface

H

Force of 20kN or 40kN

LoadCell#5,6

2280

Column Φ300
wire and
pulley system
LoadCell#3,4

support column

stone base

Figure 4: Lateral loading devices

h150

DTP500e#1

350

Hf

Constant Vertical

Bearing Block

150

The specimen was just placed on the stone base in the
steel reaction frame as shown in Fig. 4. The surface of
stone base was finished by bush-hammering. A steel
girder 90mm in width was put on the top of bearing
block and one end of girder was connected to the oil jack
for lateral loading and the other end is connected to the
vertical support steel column at 1500mm apart from the
center of the column. One end of head tie beam was also
pin connected to the steel support column which bottom
end is pin connected to the reaction frame. The vertical
loading device which is a system to apply a constant load
by oil jack via wire and pulley system was attached on
the top of steel girder at the position along the center of
the column as shown in Fig.4. Lateral cyclic loading was
applied to the bearing block via steel girder while
constant vertical force was applied by vertical loading
device. The merit of this device is it can follow the large
lateral deformation at the top of column.
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Table 1: Test parameters
Configuration

2280

2400

100

Without top tie beam

1200

H=2400mm

1080

1800

1680

Vertical load

H=1800mm

H=1200mm

Figure 5: Column height conditions as parameters.

Figure 6: Lateral loading devices

20kN

40kN

With top tie beam
20kN

40kN

2400 KN24-C20 KN24-C40 KN24-B20 KN24-B40
Column
height 1800 KN18-C20 KN18-C40 KN18-B20 KN18-B40
(mm)
1200 KN12-C20 KN12-C40 KN12-B20 KN12-B40
Table2: Material properties of head tie beam members

KN24B20
KN24B40
KN18B20
KN18B40
KN12B20
KN12B40
AVE

MC

TD

E0

E0(v)

E90(v)

%

kg/m3

kN/mm2

kN/mm2

kN/mm2

421

11.2

12.5

0.93

575

7.6

10.1

1.87

556

9.0

8.8

1.37

524

10.5

13.6

0.59

395

11.7

12.1

0.92

523
499

9.2
9.9

10.8
11.3

0.81
1.1

23.9
35.0
29.4
26.1
19.8
36.3
28.4

CV
0.23
0.15
0.16
0.16
0.43
note: MC: moisture content, TD: density, E0: Young's modulus
parallel to the grain measured by longitudinal vibration method,
E0(v), E90(v): Young's modulus parallel or perpendicular to the
grain measured by ultrasonic propagation velocity method.

2.4 TEST METHOD

Figure 7: Lateral loading devices

FIg.7 as example.
2.3 MATERIAL PROPERTIES
All specimen were made of China-fir. The material
properties such as moisture content, density and Yong's
modulus of Head tie beam member were measured
before assembling the frame specimen. As shown in
Table 2, the members used in the test was relatively high
moisture content condition. Their Yong's modulus
parallel to the grain was 9.9N/mm2 in average.

The constant vertical load was measured at horizontal oil
jack (#3,4 in Fig.4) and at the end of steel bar (#5,6 in
Fig.4). The cyclic loading was applied under control by
lateral movement of steel girder (#1 in Fig.4). The target
deformation angle were 1/300, 1/200, 1/150, 1/100, 1/75,
1/50, 1/30, 1/15rad, which were determined by
representative lateral displacement (#1) divided by
height of the frame (Hf) . The bending moment on girder
and head tie beam were calculated by strain gauge
measurements put of the surface of the elements as
shown in Fig.4.

3 RESULT AND DISCUSSION
3.1 DEFORMATION CHARACTERS
Fig.3 shows the deformation of bearing block, head tie
beam and column. Slip between each elements were not
observed in all specimen throughout the test. Large
lateral displacement was mainly occurred by the
inclination of column, on the other hand relative rotation
of bearing block against steel girder was not so
significant, as can be seen in Fig.8. When column
rotation angle became large, head tie beam caused a
lifting up of bearing block from top of the column. And
also column leg deformed in rotation while one side
edge works as rotation center and the other side caused
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Figure 8: Deformation of the bearing block on without beam
specimen

beam specimen. After steep fall, track of the curve
followed very similar line to that of without tie beam
specimen. By comparing the curve in 20kN vertical load
between the curve in 40kN vertical load, it was found
that the influence of vertical load on the strength
properties was significant but not just proportional. The
result in 40kN vertical load was slightly smaller than the
double value of the result in 20kN vertical load. It was
found the height of the column gives great influence on
strength properties. A shorter height specimen showed a
higher strength values.
Restoring Force [kN]

lift up according to the inclination angle of column
become large.

H=2400mm
V=20kN

8

H=2400mm
V=40kN

6

6

4

4

2

2

0
-0.1

8

-0.05

0
0

0.05
-0.1

-0.05
0.1

0

-2

-2

-4

-4

-6

-6

0.05

0.1

KN24-B40
KN24-B20

KN24-C40

Drift angle [rad]

KN24-C20
-8

-8

Figure 9: Deformation of the bearing block and head tie beam.

Restoring Force [kN]

Figure 11: Lateral load and deformation angle relationship in
2400mm column height condition (left: 20kN vertical load,
right: 40kN vertical load; red line: without beam, blue line:
with beam condition)

H=1800mm
V=20kN

12

H=1800mm
V=40kN

9

9

6

6

3

3

0
-0.1

12

-0.05

0
0

0.05
-0.1

-0.05
0.1

0

-3

-3

-6

-6

-9

-9

0.05

0.1

KN18-B40
KN18-B20
KN18-C20

Figure 10: Lift up of column bottom

3.2 LOAD SLIP RELATIONS
Figure 11 to 13 shows the relationship between lateral
load and deformation angle of the frame in each test
conditions. The red line curves indicate the without head
tie beam test results. The skeleton curve forms bi-linear
forms with very small energy absorption. The blue line
curves indicate the with head tie beam test results A
remarkably significant increase on restoring force was
observed in comparison to without head tie beam
specimen as the effect of head tie beam. A characteristic
shape of the curve was observed in un-loading cycle in
the case of with head tie beam specimen, that was a steep
fall of lateral force up to the load level of without tie

-12

-12

KN18-C40

Drift angle [rad]

Figure 12: Lateral load and deformation angle relationship in
1800mm column height condition (left: 20kN vertical load,
right: 40kN vertical load; red line: without beam, blue line:
with beam condition)

Restoring Force [kN]
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16

H=1200mm
V=20kN

H=1200mm
V=40kN

12

12

8

8

4

4

0
-0.1

-0.05

head tie beam by couple of strain gauges as expressed in
equ.(3), (4).

16

M g = mg ×

0
0

0.05
-0.1

-0.05
0.1

0

-4

-4

-8

-8

0.05

0.1

KN12-B40
-12

KN12-B20
KN12-C20

KN12-C40

-12

-16

Drift angle [rad]

-16

Figure 13: Lateral load and deformation angle relationship in
1200mm column height condition (left: 20kN vertical load,
right: 40kN vertical load; red line: without beam, blue line:
with beam condition)

1500
1200

(3)

1500
⎛ε ε ⎞
M b = ⎜ b1 b 2 ⎟ Eb Z b ×
2
1150
⎠
⎝

(4)

In fig.15, the example of shear resisting elements are
illustrated. The restoring force component Qr was
calculated by Qr=Q -Qg- Qb., where Q, Qb, Qg
components are based on actual measurement in the test.
The characteristic shape of the curve of each component
are illustrated below the fig.15. It can be seen that
restoring force shows very small energy absorption.
Behavior of Qtotal (Qr+Qb+Qg)

6000

H=1800mm, W=20kN

3.3 MECHANICAL MODEL OF THE FRAME

4500

Q=Qr+Qg+ Qb. on with head tie beam condition.

Qr = We H f , Qg = M g H f , Qb = M b H f (1)
Qtotal = Qr + Qg + Qb 

(2)

The actual value of Mg and Mb were calculated from
measured moment at a little apart position on girder or
W

eg

W

eg

Q

M g =W e g

W

Q

M g =W e g

W

Q

W

Q

Hb

Q

W

Qr=We/Hf

eb

W

M b=W e b (+Qh b)

Q

※ (Q<Wμ)

Q

Q=Qr+Qg+Qb

Dc
Hf

Qr=We/Hf

Qg=Mg/Hf

Qg=Mg/Hf
Qb=Mb/Hf
e

e
W
Q

W

θ

head tie beam specimen)

Qb

1500

Qg

0
-0.1

-0.08

-0.06

-0.04

-0.02

0

0.02

0.04

0.06

0.08

0.1

-1500
-3000
-4500
-6000

Effect of tie beam Qb

+

Effect of top girder Qg



Restoring force Qr
(Qr~=Qb)

Figure 15: Example of shear resisting components. Qtotal:Total
lateral shear force(measured), Qg, Qb: Bending resistance
component by girder and head tie beam (calculated from
measurement), Qr: Restoring force component (Qr=Q -QgQb.)

Q

W

Q=Qr+Qg

Dc
Hf

Qr

3000

Qr (calculated from without



Fig.14 shows the mechanical model of the frame with
and without head tie beam. The vertical load transmitting
route is different from each other. When he head tie
beam does not exist, the bearing block doesn't cause
rotation due to loading axis is almost same on top and
bottom of the block. On the other hand, when head tie
beam exist, vertical force flows in zigzag line so as to
cause a bending resistance on head tie beam. In both
cases a bending resistance of girder works similarly. The
restoring force Qr is caused by vertical load multiplied
by the distance of loading point at top of bearing block
and bottom of column divided by frame height Hf. The
bending resistance of girder (Mg) and head tie beam (Mb)
also give influence on lateral shear strength. They are
calculated by eq.(1). The total shear resistance Q then
become Q=Qr+Qg. on without head tie beam condition,

θ

Q

Figure 14: Mechanical model of the frame without/ with head tie
beam. left (without): The column restoring force and bending
resistance of girder are working Q=Qr+Qg. right(with): The
column restoring force and bending resistance of head tie beam
and girder are working Q=Qr +Qg+ Qb.

3.4 MECHANIAL MODEL OF RESTRING
FORCE
The working mechanism column restoring force has
been studied in previous researches. However, the
influence of plastic deformation caused at bearing block
has not been expressed in the formula. The authors
proposed a mechanical model of the bearing block
against rotation under constant vertical load [2], in
which the influence of compression yield on the stress
distribution was taken into account. The mechanism are
shown in Fig.16. It is thought that the same idea can be
applied on the column restring force. Therefore formula
(5)-(11) were proposed just by modifying the equations
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proposed in [2]. In the formula, to reflect the effective
compression deforming area, the height of the model (he)
was set as equal to the width of the block. The specific
values input into the formulas are listed in table3. The
estimated results are illustrated in Fig.17. Perfect bilinear form curves were obtained by the estimation in
different vertical load level and different height
conditions.



0

N/mm2

E⊥=E0/25

400

N/mm2

y⊥

2.6

N/mm2

w

270

mm

he

270

mm

d

150

mm

Q
Pd

P0

w/6

Limit of full-contact (first yield)

Lift up (secondary stiffness)

y1y2



=y1
w

y1

w’=αw

 m =  × 2 0
0

0

6

W=20kN

5

P0

Pd=P0

Q [kN]

D

6

W=40kN
H=1200mm

5

4

w/6

Q [kN]

0

10000

Stress concerning
rotational resistance

d

Stress of surface

(11)

Table 3: Specific values used for estimation by eqs.(5)-(11)

o

0

C

Pr = ad y  , Pt = bd y 

E0

=

Deformation

wy ' ⎛  y2 ⎞
2 P0
w '
⎜1 
⎟ , b = y y2 ,
, a=
⎜
⎟
d y 
2 ⎝
 ⎠
2 

(10)

Rigid body rotation (initial stiffness)

B

Initial state

A

wy ' =

H=1200mm

4

H=1800mm

3

H=2400mm

w/2-w’/3
Limit of elastic deformation
(second yield)

E

=y2

y2
w

F

3

Progress of plastic part

y2


wy’

a+2b
w

y

wy’

0

wy’/2

a b b

Pt
a+2b/3

w/2-wy’/3

M
H

(5)

w 3 dE  y1

0     y1 :

M =

 y1     y 2 :

⎛ 2  y1
M = ⎜1 
⎜ 3 
⎝

 y2  

(6)

6he

⎞
⎟ wP
⎟ 0
⎠

(7)

⎧ ⎛w
2b ⎞
⎛ w a ⎞
M = 2⎨ Pt ⎜  a  ⎟ + Pr ⎜  ⎟ 
3 ⎠
⎝ 2 2 ⎠
⎩ ⎝2
(8)

where

 y1

2he P0
 y 2 dhe
= 2
, =
w dE  y2
2 E P0

(9)

2
1

Rotation Angle [rad]
0

Pr
a/2

Figure 16: The mechanical model of the bearing block against
rotation under constant vertical load proposed in [2].

Q=

1
0

P0

(ignored)

H=2400mm

2

y

a
h’>h

H=1800mm

0.05

0.1

Rotation Angle [rad]

0
0

0.05

0.1

Figure 17: Estimated results of restoring force in different
height/ vertical force level conditions.

3.5 COMPARISON BETWEEN ESTIMATION
AND TEST RESULT
The test results of each shear resisting components are
shown and the restoring force component was compared
to the estimated curve in Fig.18. They showed fairly
good agreement, thus the effectiveness of the model was
verified. It was found from the model that the restoring
force does not follow the proportion to the vertical force
level due to the progress of compression yield on bearing
block. The higher level of vertical force cause a
reduction of restring force ratio.
In addition, the ratio of each resisting component against
total shear force can be seen in fig.18. It was found that
the resistance by bending of head tie beam was almost
equal to the restring force resistance. The resistance by
bending of girder was almost 0.5 times of the restring
force resistance. Those tendency can be explained by the
distance of couple of force shown in the mechanical
model in fig.14.

WCTE 2016 e-book | 2509

Without tie-beam
4000

4000
H=2400mm, W=20kN

3000
2000

Calc. Qr

Qr

2000
1000

Qg

0
-0.05
0
-1000

0
0.05

0.1 -0.1

-0.05
0
-1000

6000

6000

4000

4000

2000

2000

Calc. Qr

Qb
Qg

0

0

0.05

0.1

-0.1

-0.05

0

0.05

0.1 -0.1

-2000

-0.05
0
-2000

-4000

-4000

-3000

-3000

-6000

-6000

-4000

-4000

-8000

-8000

8000
H=1200mm, W=20kN

With tie beam

4000
Qr

2000

12000
H=1800mm, W=40kN

9000

9000

4000

Calc. Qr

6000

6000

3000

3000

Calc. Qr

0

0
0.1 -0.1

-0.05
0
-2000

0.05

0.1

-0.1

-0.05
0
-3000

0
0.05

0.1 -0.1

-0.05
0
-3000

-4000

-4000

-6000

-6000

-6000

-6000

-9000

-9000

-8000

-8000

-12000

-12000

Without tie-beam
6000

6000
H=1800mm, W=20kN

4500

4500

0
-0.05
0
-1500

Qtotal

Calc. Qr

Qr

3000
1500

Qg

0.05

With tie beam

Qg

0.05

1500

0.1

Qb

2000

0

3000

0.05

Qr

Qg

-0.05
0
-2000

12000
Without tie-beam

Qtotal

6000
Qtotal

With tie beam

Qr

-2000

6000

-0.1

8000
H=2400mm, W=40kN

-2000

Without tie-beam
8000

-0.1

8000
Without tie-beam

Qtotal

3000

Qtotal

1000

-0.1

With tie beam

With tie beam

16000
Without tie-beam

16000
H=1200mm, W=40kN

12000

12000

8000

8000

4000

4000

Qtotal

Calc. Qr
Qr
Qb

-0.05
0
-1500

0
0.05

0.1

With tie beam

Qg

0
0.1 -0.1

0.05

0.1

-0.1

-0.05
0
-4000

0
0.05

0.1 -0.1

-0.05
0
-4000

-3000

-3000

-8000

-8000

-4500

-4500

-12000

-12000

-6000

-6000

-16000

-16000

0.05

0.1

Figure 18: Results of each shear resisting components and comparison to the estimated restoring force

3.6 RESTORING FORCE MODEL
As the restoring force is depending on the vertical force
and essentially proportional to the amount of vertical
force, a fundamental formula have been developed in
Japan which is expressed in the relationship between
ratio of restoring force against P0 and ratio of horizontal
displacement against column diameter. P0 is the
theoretical maximum value of restoring force determined
geometrically in eq.(12).

P0 = DeW / H

(12)

where De: nominal diameter of column, W: vertical force,
H: Column height
Tanahashi [3] proposed empirical formulas to fit the
experimental result as expressed in eqs.(13)-(15)

0  x / De  α :

Qr =

W
x
αH

(13)

α  x / De  1   :

Qr =

W
De
αH

(14)

1    x / De :

Qr =

WDe
H

⎛
x ⎞
⎟⎟
⎜⎜1 
D
e ⎠
⎝

(15)

where α: ratio of yield displacement against nominal
column diameter, : reduction factor due compression
deformation at top and bottom of the column
The test result obtained in this paper was compared to
the Tanahashi formula as shown in fig.19-22. It was
found that the restoring force itself showed fairly good
agreement with the formula. While the total shear
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resistance was much higher than estimated value by
existing formula.

V=20kN, without tie beam
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1.6
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Figure 22: Components of restoring force in ratio against
theoretical relationship. (H=1800, V=40kN, with tie beam)

4 CONCLUSIONS

Total
P0 = aW / H

Total
Girder
Tie beam
Restoring

0

Figure 19: Components of restoring force in ratio against
theoretical relationship.(H=1800, V=20kN, without tie beam)
2

V=40kN, with tie beam

2

Restoring Force / P0

Restoring Force / P0

2

Figure 21: Components of restoring force in ratio against
theoretical relationship. (H=1800, V=20kN, with tie beam)

Restoring

0.8

It was concluded that bending resistance of girder and
head tie beam clamped by vertical load gives significant
influence of the total shear resistance of the frame with
bracket complex. The plastic behaviour of restoring
force can be expressed formula proposed in this paper.
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YIELD CRITERIA ASSESSMENT FOR MULTIAXIAL WOOD LAMINATE
WIND TURBINE BLADES
Rachel Koh1, Peggi Clouston2, Matthew Lackner, Robert Hyers, John Fabel
ABSTRACT: The last several years have seen great advances in bio-based composite materials technology, including
wood composites and laminates. These materials are being utilized increasingly in high-performance, structurally
demanding applications, in part because they are a more sustainable choice than many other engineering materials.
However, in order for wood laminates to be utilized in high performance composite applications like wind turbine
blades, computational models which accurately portray their behavior under multiaxial loading must be developed. The
present study uses experimental mechanics to develop computational models for the behavior of multiaxial wood
laminate composites and recommends a yield criterion for use in the computational modelling of such materials.
KEYWORDS: wood laminate, yield criteria, multiaxial, wind energy

1 INTRODUCTION 123
Wind energy is becoming increasingly cost-competitive
with other sources of electricity, and further
technological innovation will drive it to become a
leading source of power worldwide. Bio-based materials
could offer both substantial cost and weight reductions to
wind turbine blades, and they address a growing public
concern for our continued use of non-renewable
resources. Today, as the first glass-fibre wind turbine
blades are ready to retire, we are presented with an
enormous challenge in disposing of these non-recyclable
blades. Through bio-based materials, the potential exists
for blades to be carbon neutral, renewable, and
recyclable.
The goal of this research is to address some of the
challenging aspects of designing high-performance
composites with bio-based materials. The wind turbine
blade exemplifies many important challenges in
designing with composite materials, including complex,
combined and time-variant stress states in the material.
As such, it provides an ideal case for which to apply
modelling
techniques
being
developed
and
experimentally verified herein for the design of highperformance bio-based composite materials.
The present study uses experimental mechanics to
inform computational models for the behavior of
multiaxial wood laminate composites. The multiaxial
orientation of the wood veneers allows us to produce
complex stress states using simple axial tension and
compression tests. In finite element modelling, these
complex stress states are addressed using yield criteria
1

Rachel Koh, University of Massachusetts Amherst,
rkoh@umass.edu
2
Peggi Clouston, University of Massachusetts Amherst,
clouston@umass.edu

which consider all stress tensor components in order to
predict material yielding. There are numerous criteria
which have been proposed for use in composite materials
[1], and others which have been recommended for wood
specifically [2, 3]. In order to understand which criteria
should be used for modelling multiaxial wood laminate
composites, we present an analysis of material yielding
under different stress states. Our experimental data is
used to fit several yield theories using both deterministic
and optimized approaches. We conclude with remarks on
which yield theories are best suited for computational
modelling of multiaxial wood laminate structures.

2 MATERIALS AND METHODS
2.1 EXPERIMENTAL METHODS
The raw material used in this study was rotary peeled,
4'x8' veneer sheets in 1/8" thickness donated to the study
by Louisiana Pacific. These veneers were laminated and
machined as detailed in Figure 1. T-88 Structural Epoxy
was used as the adhesive because of its ability to cure
without heat or pressure. However, specimens were still
pressed to eliminate any waviness in the veneers. The
specimen geometry and the testing procedure were
determined according to ASTM D-3500 [4] (tension)
and ASTM D-3501 [5] (compression). The testing
apparatus and the finished specimens are shown in
Figures 2 and 3 for tension and compression,
respectively. Specimens were fabricated at 0, 30, 45, 60,
and 90-degrees in symmetric, 4-ply layups. They were
tested in static tension and compression. For each
experimental treatment, 10 specimens were tested for a
total of 100 experiments.
The specific gravity measurement was taken in
accordance with ASTM D-2395 [6] and moisture content
measurement was taken using the oven-dry method,
specified by ASTM D-4442 [7] Method B. The specific
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gravity of the laminated specimens was 0.73 +/- 0.045
with no significant variation between treatments. The
moisture content was 7.1 +/- 0.35 with no significant
variation between treatments.
In tensile tests, yield strength was assumed to be equal to
the ultimate strength because specimens fail in a brittle
manner with little or no plasticity. For compression tests,
the yield strength was found using the offset yield
method with a standard offset strain of 0.002 [8].

Figure 3: 60-degree compression test specimen in the fixture
after yielding.

2.2 NUMERICAL MODELS
From experimental data, yield strength values are broken
down into their stress components at the fibre level using
Classical Lamination Theory, as in Figure 4. It is these
fibre stresses that may then be used to inform yield
criteria.

Figure 1: Manufacturing process for angle-ply laminates: (A)
SPF veneer is cut into angled strips, (B) adhesive is applied
manually, (C) laminate is pressed at room temperature using a
hydraulic press and cross-laminated timber panels, (D) “dogbone” shaped specimens are cut using a CNC router.

Figure 4: Using the Classical Lamination Theory, stresses in
the global coordinate system are transformed into fibre
stresses. When the grain orientation is not perpendicular to or
parallel to the testing orientation (x), the fibers experience a
combined loading state with axial (σ1), transverse (σ2), and
shear (σ12) loading.

2.2.1 Yield Criteria

Figure 2: (Left) Tension test fixture with wedge grips and
extensometer. (Right) Tensile specimens after testing.

Yield criteria are used in computational modelling of
composite structures to describe when a material will
yield under multiple simultaneous types of stress (e.g.
axial, transverse, and shear). There are numerous yield
criteria which have been proposed for use in composite
materials and others which have been used in wood. The
similarity between all of these theories is that they each
allow for orthotropic material behavior, meaning that the
material may behave differently according to three
principal material directions. This in itself was a great
improvement upon the most basic yield theories because
of the substantial difference in material behavior parallel
to the grain, perpendicular to the grain, and between
plies. The failure theories presented herein are all
simplified into plane stress formulations, because the
wind turbine blade is a shell structure which is relatively
thin compared to its width and height. Thus, it is
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commonly assumed that stresses in the through-thickness
or “z” direction are zero.

(

𝑆𝑥±

−

Tsai-Hill Criterion
The Tsai-Hill theory [1] (Equation (1)) is used widely in
failure analysis. It is an artefact of the metals field and
has been shown in recent decades to have limited
applications in composites. Still, it is a good basis for
comparison because of its widespread and historical use
in the analysis of composites and other materials.
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Tsai-Wu Criterion
The Tsai-Wu theory is used commonly in wood
mechanics because of its consideration for tensile and
compressive stresses and strengths separately, which
provides a considerable improvement upon the earlier
Tsai-Hill Criterion. Clouston (1995) [2] demonstrated
that the Tsai-Wu strength theory is a good model for the
behavior of Douglas Fir Laminated Veneer Lumber
when tested in off-axis orientations. Furthermore, she
recommended a value for the interaction parameter F12,
using experimental and computational analyses [9].
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Hashin Criterion
Finally, the Hashin Criterion [11] (Equation 4) attempts
a semi-empirical approach, to address the problem that
the different phases of a composite material (typically
fibre and matrix) cause them to fail in different modes.
Prior criteria had only allowed these modes to be
represented by variation in the interaction parameters.
Hashin defines four modes by which the composite
could fail and considers the stress state under which each
would occur, resulting in a piecewise failure surface.
Several updates have been proposed to the original yield
theory to account for phenomenological differences in
the behavior of different materials (e.g. the Sun criterion
for matrix compression [12]). In our modelling, we begin
with Hashin’s original theory.
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Compressive Fibre Mode:
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Chamis Criterion
The Chamis Criterion [10] (Equation 3.1) was developed
by C. Chamis of NASA in 1969 for filamentary
composite materials. Chamis introduced the interaction
factors K12 and K'12 where K12 (Equation 3.2) is based on
material properties. K'12 has been introduced in order to
compensate for the disparity between material behaviors
in different quadrants of the biaxial loading regime. This
parameter is allowed to vary between quadrants of the
biaxial stress distribution, with quadrants I (tensiontension) and III (compression-compression) being
especially sensitive to the parameter. K'12 has the default
value of 1 for all quadrants. The strength parameters also
vary by quadrant, such that Sx± should be substituted
with SXt when σ1 > 0 and with SXc when σ1 < 0.
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2.2.2 Deterministic Model
In the deterministic model, several parameters were
taken from the literature and some were found using
preliminary experiments. SXt, SXc, SYt, and SYc were
determined experimentally using axial tension and
compression tests on a unidirectional laminate parallel to
the grain (0 degree angle) and perpendicular to the grain
(90 degree angle). The shear stiffness G12 has a
significant impact on the results from the Classical
Lamination Theory, whose use is explained in the
forthcoming section. We used the value of 476 MPa,
reported by Janowiak et al. [13] for Southern Pine LVL,
as this value should be close to our Spruce-Pine-Fir
veneer from Louisiana Pacific. Clouston [2] reported the
f12 interaction parameter for the Tsai-Wu criterion for the
same material. Chamis [10] suggests using the default
value of K’12 = 1 when the actual value, which can only
be determined experimentally, is unknown.
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Table 1: Deterministic Model Parameters

Parameter
Parallel-to-grain Tensile
Strength (SXt)
Parallel-to-grain
Compressive Strength (SXc)
Perpendicular-to-grain
Tensile Strength (SYt)
Perpendicular-to-grain
Compressive Strength (SYc)
In-plane Shear Strength
(SXY)
In-plane Shear Stiffness
(G12)
Tsai-Wu interaction
parameter (f12)
Chamis interaction
parameter (K12)
Chamis interaction
parameter (K’12)

Value

Source

69.8 MPa

476 MPa

preliminary
experiment
preliminary
experiment
preliminary
experiment
preliminary
experiment
preliminary
experiment
[13]

.00003

[9]

0.9494

calculated

1

[10]

53.3 MPa
4.55 MPa
13.3 MPa
8.79 MPa

A schematic for the parametric optimization is depicted
in Figure 5. The yield stress tensors from the
experimental data are dependent upon shear modulus
G12, so the first step in the fitness function is to
calculate the yield stress tensors from the experimental
data using Classical Lamination Theory (CLT). Then,
the input parameters are substituted into the yield theory.
This can be coupled with CLT to form a system of linear
equations, which is solved for the predicted yield stress
tensor. The fitness function minimizes the least squares
error between the predicted yield stress tensor and the
actual (experimental) yield stress tensor for each
treatment (orientation angle and test direction). Tensor
components are weighted by dividing by strength.

2.2.3 Optimal Model using the Genetic Algorithm
A MATLAB® genetic algorithm solver was used to
optimize the input parameters because even well
characterized wood products have some variation and
many parameters are difficult to determine
experimentally. Additionally, the characterization of
multiaxial yield strength involves parameters like shear
strength and shear stiffness whose methods for
determining are highly contested, with significant
variation between test methods. Treating these
parameters as unknowns in our parametric optimization
allows us to search for material models which better fit
the experimental data.
Table 2: Bounds of parameters for yield criteria optimization.
Strength parameters were taken to be within a reasonable
range reported in the Wood Handbook [11]. Shear modulus
was taken to be within a reasonable range given by [8].
Interaction parameter f12 for the Tsai-Wu criterion must
comply with a stability condition which was calculated using
deterministic strength parameters and the equation in [9]. The
interaction parameters K’12*K12 in the Chamis criterion have
no theoretical limits but many common materials have K
values between 0 and 2.

Parameter
SXt (MPa)
SXc (MPa)
SYt (MPa)
SYc (MPa)
SXY (MPa)
G12 (MPa)
f12
K’12*K12

Lower Boundary
0
0
0
0
5
200
-0.0021
-Inf

Upper Boundary
100
100
100
100
50
800
0.0021
Inf

Figure 5: Schematic for the fitness function used in the
parametric optimization of the yield criteria. Data are shown
in rectangles, while equations or processes are shown in
circles. The function minimizes the least squares error between
the experimental and theoretical yield stress tensors.

3 RESULTS
3.1 TENSION AND COMPRESSION TESTS
Axial tension and compression tests were performed on
0, 30, 45, 60, and 90 degree symmetric, angle-ply wood
laminates. The yield strength from these tests is reported
in Figure 6, with error bars showing one standard
deviation.
It is normal for 0-degree specimens to display a larger
variation because they are especially subject to small
misalignments in grain orientation. This is also the case
with traditional fibre-reinforced polymer composites.
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Figure 6: Yield strength of symmetric, multiaxial wood
laminates in tension and compression. Each data point
represents n=10 tests.

3.2 YIELD CRITERIA ANALYSIS
Yield criteria have been used to create yield surfaces,
which represent all possible combinations of σ1, σ2, and
σ12 that will result in material yielding. 3-dimensional
yield surfaces for the Tsai-Wu and Hashin criteria with
experimental data are depicted in Figure 7. Theoretically
these surfaces are full ellipsoids (or in the Hashin case a
surface with symmetry across the σ12 = 0 plane), but we
have assumed that positive and negative shear stresses
produce the same mechanical behavior, thus only the
positive-shear half is shown. These plots can be difficult
to interpret, so yield surfaces are often represented as 2dimensional envelopes where shear stress is set to a
constant value and an envelope is drawn in the σ1 - σ2
plane. Figure 8 shows all yield surfaces plotted together
in 2 dimensions in the σ12 = 0 plane, using deterministic
parameter values from Table 1. Finally, Figure 9 shows
all yield surfaces plotted together in 2 dimensions, this
time using parameters from the optimal model.
3.2.1 Deterministic Model
Fitness scores for deterministic and optimized models
are presented in Table 2. In the deterministic model case,
the Hashin criterion does a reasonably good job of

Figure 7: 3-dimensional yield surface for the Tsai-Wu (top)
and Hashin (bottom) yield criteria. Experimental data is shown
in black, compared to the predicted data from the deterministic
yield theories. The Chamis and Tsai-Hill criteria take the same
shape as the Tsai-Wu criterion; all are ellipsoids in 3
dimensions.

predicting yielding of wood laminates. Furthermore, the
Hashin criterion has been expanded upon by several
authors since its original formulation. One of these
improvements was evaluated in this study (the Sun
criterion for matrix compression [12]) and provided a
slight improvement upon the original criterion. Still, it is
possible that an improved version of the Hashin criterion
which accounts specifically for the failure mechanisms
in wood could provide an even better fit than is reported
herein.
The Chamis model also fits the data quite well. The main
disadvantage to using this criterion is that even in its
deterministic form, it relies on the knowledge of many
elastic parameters (see Equation 3) which can be tedious
to determine experimentally and difficult to find in the
literature.
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3.2.2 Optimized Parameter Model
In the optimized model, the Tsai-Wu and the Chamis
criteria give the closest fit to the experimental data. The
results would suggest that these two criteria are best
suited for modelling multiaxial wood laminate materials.

Figure 8: It can be easier to picture yield surfaces when we set
shear stress to a constant value and depict them in the σ1- σ2
plane. These yield surfaces were determined using
deterministic parameters from Table 1. They show a zero-shear
(σ12 =0) condition, which is true for the uniaxial (0- and 90degree tests) experimental data plotted. Multiaxial data is not
shown.

However, these criteria should be used with caution
because they do not capture realistic failure mechanics in
all load cases. For example, both theories predict
extremely high yield strength in biaxial compression.
The Tsai-Wu criterion has a stability condition which
forces it to converge, but the Chamis criterion does not
even converge to the axial compressive strength (SXc). In
the present study, the biaxial compression cases studied
(45- and 60- degree compression tests) had high
components of perpendicular-to-grain (σ2) and shear
(σ12) stress relative to parallel-to-grain (σ1) stress at the
fibre level. In a multiaxial layup, it would be uncommon
for a biaxial compression stress state to cause a failure
dominated by σ1, but it is possible. In unique cases like
these, the model has not been validated. An important
advantage to using a semi-empirical theory (e.g. the
Hashin criterion), then, is that the prediction of
unrealistic behavior in these uncommon stress regimes is
not a problem.

Optimal model parameters are presented in Table 3. In
all cases, the strength parameters came close to values
reported for the deterministic model. Interestingly, the
optimal values for shear stiffness G12 were highly
variable, which is also true for reported values in the
literature for wood laminates. Furthermore, shear
stiffness plays an important role in the calculation of
fibre stresses using Classical Lamination Theory. Further
exploration of this parameter would be a good topic for
future study.

Figure 9: Yield surfaces determined using optimal parameters
from Table 2. Interaction parameters for Tsai-Wu and Chamis
criteria are allowed to vary by quadrant. These envelopes show
a zero-shear (σ12 =0) condition. Multiaxial data is not shown.

4 CONCLUSIONS
The authors conclude with the following three
recommendations for the computational modelling of
multiaxial wood laminates.
1. The use of correct parameters in yield criteria is of
great importance. In models which include a biaxial
stress interaction component (e.g. Tsai-Wu and Chamis),
it is often assumed that interaction parameters are the
same in each quadrant of the loading regime. The data
presented herein suggests that this is not the case at all,
and that allowing the interaction parameters to vary by
quadrant leads to a model that much better fits the data.
2. In the absence of extensive experimental data, the
Hashin criterion does a reasonably good job of
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predicting yielding of wood laminates. Future work
should explore the yield mechanisms of wood
specifically to determine if any updates to the Hashin
criterion should be made to account for empirical
differences between wood and traditional (fibrereinforced polymer) composite materials.
3. Given experimental data and precise measurements of
interaction parameters by quadrant, the Tsai-Wu
criterion is well suited for modelling multiaxial wood
laminate materials. The Chamis criterion also gives good
results, but does not converge in stress states which
include axial compression. These criteria should be used
with caution because they do not capture realistic yield
behavior in all load cases.
Table 2: Fitness values of yield criteria for deterministic and
optimized models. The fitness value is a non-dimensional
measure of how well the yield criterion fits the experimental
data, calculated by taking the sum of the weighted stress tensor
errors across the 10 experimental treatments. A lower fitness
corresponds to a better fit, with the lowest possible fitness (i.e.
a perfect fit) being equal to 0.

Yield
Theory
Tsai-Hill
Tsai-Wu
Chamis
Hashin

Deterministic
Model Fitness
1.84
1.20
0.96
0.84

Optimized
Model Fitness
1.43
0.40
0.29
0.53

Table 3: Optimal strength, stiffness and interaction parameters
from yield surface optimization.

Sxt
(MPa)
Sxc
(MPa)
Syt
(MPa)
Syc
(MPa)
Sxy
(MPa)
G12
(MPa)

Strength and Stiffness
TsaiTsaiChamis
Hill
Wu
69.1
62.5
69.7

Hashin
63.7

69.1

59.7

53.4

53.3

5.4

5.4

5.4

5.4

5.4

14.4

12.9

20.6

9.6

8.7

7.4

7.8

686

433

388

515

Interaction Parameters
Quadrant
Tsai-Wu
Chamis
(f12)
(K’12*K12)
Tension-Tension
.00086
0.09
(I)
Compression-.00200
-1.83
Tension (II)
Compression.00209
13.97
Compression (III)
Tension-.00100
0.87
Compression (IV)
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COMPARISON BETWEEN A FINITE ELEMENT MODEL BASED ON
GRAIN ANGLE DETECTION AND FULL-FIELD MEASUREMENTS OF
TIMBER IN BENDING
Joffrey Viguier1, Guillaume Pot1, Laurent Bléron2, Robert Collet1
ABSTRACT: Strength grading of timber is dependent of the predictions accuracy of the bending modulus of elasticity
and bending strength. Different models based on grain angle measurements and X-Ray imaging have already proved their
efficiency for strength grading purpose. This study proposes a way to improve those models thanks to a better
understanding of the phenomenon that occur due to the presence of singularities in wood using the comparison of fullfield measurements by Digital Image Correlation and a Finite Element Model. First results seem to show that the two
strains fields in the longitudinal direction are similar and are influenced by the presence of knots.
KEYWORDS: Digital Image Correlation, Finite Element Model, Grain angle, X-Ray, Strength grading

1 INTRODUCTION 123

2 MATERIALS AND METHODS

Timber used for structural purposes must be graded:
density, bending modulus of elasticity (MOE) and
bending strength have to be predicted thanks to nondestructive measurements. Main techniques used so far to
perform machine grading are based on the existing
correlation between modulus of elasticity and bending
strength. The modulus of elasticity can be determined on
a global or local level but it is known that local MOE
measurements may give better predictors of bending
strength than what global MOE measurements does [1].
There are ways to measure singularities that affect the
mechanical properties such as knot [2], [3] or grain
deviation [4], [5], [6]. The local modulus of elasticity can
therefore be calculated using local information and
modelling [7], [8], [9], [10].
Hu et al. [11] compared the MOE obtained with an
analytical model based on grain angle measurement to
digital image correlation (DIC) measurements. They
observed that the predicted local MOE match well with
the local MOE measured by DIC in some region of the
board, but not in other regions. The causes may be clear
wood MOE longitudinal variation and/or knot clusters in
the longitudinal direction that induce strains that cannot
be taken into account in their Euler-Bernouilli based
model. To overcome this limitation of analytical model,
in the present study a finite element model based on local
grain angle measurement and X-Ray imaging is proposed
and compared to DIC.

2.1 SAMPLING
A plain sawn Douglas fir board of a cross section of
40x100 mm and a length of 3 m is selected for its
knottiness. As a plain sawn board, its wider face
represents the longitudinal-tangential (LT) plane.
2.2 NON-DESTRUCTIVE MEASUREMENTS
2.2.1 Local density measurement
In addition to a global weighing and measuring that gives
the average density, the density of the board was
measured locally. This measurement is performed by a
scanner equipped with a X-Rays imaging system.
Assuming that the grey levels of thereby provided images
are proportional to the acquired corresponding light
intensities, they can easily and accurately be converted
into local density maps. Under this condition, the BeerLambert's law can be applied to determine the density for
each pixel of the densities maps [12]. The final expression
of the local density ρ(x,y), averaged through the thickness
of the board, is given by equation (1), where t represents
the thickness of the board, a and b are linear calibration
coefficients, G is the corresponding image pixel's grey
level, and x and y are the local coordinates.
𝜌(𝑥, 𝑦) × 𝑡(𝑥, 𝑦) = 𝑎 × ln(𝐺(𝑥, 𝑦)) + 𝑏

(1)

The actual values of a and b depend on several factors, but
can easily be determined by scanning and weighing a
1

Arts et Metiers-ParisTech, LaBoMaP (EA 3633), France,
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2
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batch of boards. These two parameters are in fact the
linear regression coefficients between mean value of
ln(G) of the boards, calculated on the images and their
mean densities multiplied by their respective thickness.
2.2.2 Knottiness measurement
The characterization of the knottiness has been made by
calculating the Knot Depth Ratio (KDR). This value
represents the local knot thickness divided by the
thickness of the board [3]. This method relies on the fact
that the knot density is higher than the clear wood density.
The KDR is equal to 0 in clear wood and 1 when at a given
position the thickness of the board is composed entirely
of knot. The KDR is calculated using equation (2) where
𝜌𝐶𝑊 and 𝜌𝑘𝑛𝑜𝑡 are the clear wood and knot density
respectively, f1 represents the clear wood density
variability within a board 𝑓1 = 1 + (𝑠𝑡𝑑(𝜌𝑐𝑤 ))/
(𝑚𝑒𝑎𝑛(𝜌𝑐𝑤 )) and f2 is the ratio between 𝜌𝑘𝑛𝑜𝑡 and 𝜌𝐶𝑊 .
Finally ρ(x,y) is the locally measured density. The 𝑓1
parameter is useful in order to limit over sensing due to
the natural variability of density.
𝐾𝐷𝑅(𝑥, 𝑦) = 0
𝜌(𝑥, 𝑦) − 𝜌𝐶𝑊
𝐾𝐷𝑅(𝑥, 𝑦) =
𝜌𝑘𝑛𝑜𝑡 − 𝜌𝐶𝑊
𝐾𝐷𝑅(𝑥, 𝑦) = 1

𝑖𝑓 𝜌(𝑥, 𝑦) < 𝑓1 × 𝜌𝐶𝑊
𝑖𝑓 𝑓1 × 𝜌𝐶𝑊 < 𝜌(𝑥, 𝑦) <
𝑓2 × 𝜌𝐶𝑊

(2)

𝑖𝑓 𝜌(𝑥, 𝑦) < 𝑓2 × 𝜌𝐶𝑊

In order to determine those parameters (f1, f2, 𝜌𝐶𝑊 and
a first image processing step is used to separate
knotty areas from clear wood ones. 𝜌𝑘𝑛𝑜𝑡 can be calculated
from the density measured in knotty areas and 𝜌𝐶𝑊 is equal
to the mean density of clear wood areas. Finally, f1, f2 are
calculated using the previously defined formulas.
𝜌𝑘𝑛𝑜𝑡 )

Figure 1 shows the density and KDR obtained for the
studied board. Several observations can be made on the
density map. Firstly, the higher density of the transition
zone between knot and clear wood as well as the knotty
areas can be observed. Knot density and clear wood
density are approximately equal to 800 kg.m-3 and 450
kg.m-3 respectively. The differences between early wood
and late wood densities can also be observed. On the KDR
map, the knots clearly appears, without false positive,
showing that the KDR calculation is well conducted.
2.2.3 Grain angle measurement
The grain angle is measured using the tracheid effect [4],
by projecting a dot line laser on the surface of the board
as in [7], [8], [9]. The measurement is conducted on the
two wide faces of the board. Due to the wood’s
anisotropic light diffusion properties, the observed pattern
on board’s surface is elliptic. The ellipses main axis is
oriented in the same direction as the fibre orientation. In
the centre of the knot the fibres are oriented almost
perpendicular to the flat wood surface, conducting to a
round shape of the diffusion pattern. To prevent errors, the
grain angle where the ratio between the main and minor
axis of the ellipse is inferior to 1.5 is taken equals to 0
degrees (i.e. fibres in the longitudinal direction of the
board). Because of this correction, in grain angle
measurements showed in Figure 1, knots appears as small
areas with 0-degrees of grain angle.
Wood surface finish can also influence the shape of the
ellipses [13]. This is the reason why, in Figure 1, grain
angle measurements on both top and bottom faces are
noisy. However, a stronger grain angle deviation around
the knots is observable, which provides useful
information to be used in the model.

Figure 1: Images of top and bottom faces and model’s input data maps; from top to bottom, density, Knot Depth
Ratio and grain angle of top and bottom faces

WCTE 2016 e-book | 2520

2.3 DESTRUCTIVE TESTS
A four point bending test has been performed according
to EN 408 [14] using a distance equal to 18 times the
specimen’s height between the support and 6 times
between the loading heads (i.e. respectively 180 cm and
60 cm). As board’s length was 3 m, the longitudinal
position was chosen in order to have the more knotty area
between the two central loading heads. The test was then
conducted in order to obtain the local MOE as defined in
EN408 and the modulus of rupture.
The bending test was filmed with a 12 bits CCD camera
in the central part in pure bending between the loading
heads. The observed area of the board was 400x2048
pixels, corresponding approximately to 10x51 cm. Only
the face of the board referred below as “top face” was
filmed. This part of the board was painted with a speckle
pattern in order to performed digital image correlation.
Ncorr digital correlation software was used [15] with a
size of the zone of interest (ZOI) fixed at 10 pixels. The
Green-Lagrange deformations were then computed from
the displacement data by using a least squares plane fit to
a local group of data points in a contiguous circle. The
radius of this circle has been set to 10.
2.4 FEM MODEL
The finite element model developed in this study
simulates the four point bending test in two dimensions
(i.e. under plane stress conditions). Four nodes linear
elements have been used, each element has its own
elementary stiffness matrix depending of the local grain
angle, the local density measurement and its knottiness.
The calculation of the elementary stiffness matrix is
different depending on the nature of the area, i.e. presence
of knot (KDR>0) or clear wood.
2.4.1 Stiffness in clear wood areas
Firstly, the elementary stiffness matrix, without
considering the local grain angle, is calculated using
relationships between EL and other elastic constant as in
[16] : ET is considered equal to EL/20 and GLT to EL/12.8
and the Poisson’s ratio νLT is considered constant and
equal to 0.45. EL is taken linearly dependent of the local
density using equation (3) established in [17] on clear
softwood specimens.
𝐸(𝑥, 𝑦) = 13100 + 41700 × (𝜌(𝑥, 𝑦) − 0.45) (3)
Secondly, to take into account the local grain angle
orientation (θ) at the element location, the elementary
stiffness matrix is transformed using equation (1):

C   T 

1

C T t 1

(1)

with
 1E
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C  S  1    LT EL

0
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0



0 
1 GLT 

0
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 2 sin  cos  
cos 2 
T   sin 2 

2
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 sin  cos  sin  cos  cos   sin  
As stated earlier, the local grain angle is available on the
two wide faces of the board; it has been chosen to define
the final elementary stiffness matrix as the mean of those
calculated on each face.
2.4.2 Stiffness in the vicinity of a knot
The knot mechanical behaviour is considered isotropic in
the longitudinal-tangential plane of the board. Its modulus
of elasticity ELknot = ETknot is considered equal to 400 MPa
and its Poisson’s ratio νLTknot equals to 0.4 as in [18].
Finally, GLTknot is considered equal to ELknot/2(1+ νLTknot).
The knottiness of the board is defined using the KDR.
Since it represents the ratio between knot and clear wood
at a given position, it has been chosen to calculate ELknot
using equation (4). In this way, 𝐸𝐿𝑘𝑛𝑜𝑡 is equal to 400 MPa
when at a given position the thickness of the board is
composed entirely of knot and is equal to a fraction of EL
(clear wood) and 400 MPa when the KDR is between 0
and 1.
𝐸𝐿𝑘𝑛𝑜𝑡 (𝑥, 𝑦) = (1 − 𝐾𝐷𝑅(𝑥, 𝑦)) × 𝐸𝐿 (𝑥, 𝑦)
+ 𝐾𝐷𝑅(𝑥, 𝑦) × 400

(4)

The different terms of the elementary stiffness matrix are
represented in Figure 2. The local values assigned to each
terms of the stiffness matrix are shown in Figure 2. The
terms C11, C12 and C13 are the terms linking the normal
stresses σxx to εxx, εyy and εxy. The terms C21(= C12), C22
and C23 those linking σyy to εxx, εyy and εxy. Finally, C31 (=
C13), C32 (= C23) and C33 linking σxy to εxx, εyy and εxy. The
isotropic behavior considered in the knot implies that the
terms C13 and C23 are equal to zero in these areas.
Furthermore it can be verified on these maps that the
terms C11 and C22 as well as C12 and C23 are identical in
knotty areas. The mechanical weakness of the transition
zones between knot and clear wood also appears on these
maps. This consideration is both ensured by the presence
of a high grain angle in these areas and by the use of the
KDR. These differences in elastic properties will result in
the occurrence of high shear stress in the vicinity of knot.
Finally, we also observe that the differences of density
previously observed between early wood and late wood is
taken into account and that the elasticity is different.
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Figure 2: Different terms of the elementary stiffness matrix.

3 RESULTS
3.1 FEM MODEL
The four point bending test described above is simulated
thanks to the finite element model for a total load equal to
3 kN. The strains resulting of this simulation is shown
Figure 3. It appears on the strains distribution of εxx and
εyy that strains are concentrated in knots due to their lower
stiffness compared to clear wood. Regarding the shear
strains, the highest strains are located near the knots. High
normal strains in the y direction and shear strains can also
be observed at the location where boundary conditions are
applied.
The stresses distributions obtained by the finite element
model are shown in Figure 4. It appears that the normal
stresses in x direction are lower in knotty areas due to their
lower elasticity. Differences in normal stress are also
observable between the areas of early wood and late wood
(particularly in the area located in the upper part of the
board between the right loading head and the right
support). High stresses concentrations also appear at the
location where boundary conditions are applied in the
case of the normal stress in y direction and shear stress. In
the central part of the board (between the loading heads),
shear stresses appear while this part is supposed to be
subjected only to a pure bending moment. The modelling
of heterogeneities of wood explains the presence of these
shear stresses. High levels of shear and normal stresses in
the y direction are also observed around knots which is
consistent with the literature [19], [20].

3.2 Comparison of displacements between FEM and
DIC
By taking into account the same longitudinal position of
the loading heads in the model as in the experimental test,
it is possible to compare the displacement fields obtained
by full field measurement and modelling. The observed
area of the board is located between the loading heads and
is approximately 500 mm long.
The comparisons between displacements obtained by the
finite element model and digital image correlation in both
directions for a 3 kN load are presented Figure 5. The
comparison of these displacements in the x direction gives
satisfactory results both quantitatively and qualitatively.
Indeed, the disturbances due to knot are visible on the 2
displacement fields, the mean absolute error is 0.02 mm
and the mean absolute percentage error is 22%. In the y
direction, the displacements are in the same order of
magnitude and the disturbance of the displacement field
due to the knot is still visible in both cases. However, a
significant difference is observable with a significant
variation of y displacements along y axis for DIC results.
This behaviour must be due to lens distortion. This
behaviour affect the calculation of strain fields εyy and εxy.
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Figure 3: Strains distribution obtained with the FEM model: from top to bottom, photography of the top and
bottom face of the board, simulated longitudinal strain, simulated tangential strain and shear strain.

Figure 4: Stresses distributions obtained with the FEM model: from top to bottom, photography of the top and
bottom face of the board, simulated longitudinal stress, simulated tangential stress and shear stress.
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Figure 5: Comparison of displacements (in x and y
direction) between DIC and FEM. Displacement fields
are measured on top face.
3.3 Comparison of strains between FEM and DIC
The comparison of the strains field obtained by digital
image correlation and the finite element model is given
Figure 6.
The comparison of the longitudinal strains (x direction) is
very interesting since those strain fields are similar both
quantitatively and qualitatively. The strain field obtained
by DIC method is noisy (c), which is a usual result due to
differentiation. However, the higher longitudinal strains
are located in the same regions around the knots both with
digital image correlation and with the finite element
results (d). This observation supports the base principle of
the model that relies on grain angle measurement and knot
detection.
In the y direction, the strains obtained by DIC (e) are
much larger than with the finite element model (f). As
stated earlier, this behavior must be due to lens distortion.
This issue will be investigated in the future. However,
some compressive strains appears in the area of the larger
knot as in the finite element model, which is an
encouraging result.
Shear deformations are highly concentrated according to
the model (h). Such concentrations can hardly be seen by
DIC (g) because of the size of the zone of interest (10x10
pixels), which could explain why these concentrated shear
deformations are not seen with DIC results.

Figure 6: From top to bottom: photography of the
board, strains obtained with DIC and strains obtained
by the FEM model for a total load equal to 3 kN.
Displacement fields are measured on top face.

4 CONCLUSIONS
The finite element model proposed in this study is based
on grain angle measurements and X-Ray imaging. It
seems to gives satisfying results regarding the modelling
of wood singularities. Indeed, the results fit well with
previous studies concerning the stress distribution around
knot. The comparison with DIC measurements also gives
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satisfying results on the longitudinal strain on this
particular board. Further results are waited on other
boards and with more reliable full field displacement
measurements. This comparison will be helpful to
calibrate the results of the finite element model. The
model’s input data come from an industrial scanner, it will
be possible in future work to increase the number of
boards to validate these results on a larger sample. These
results should lead to a better understanding of the
mechanical phenomena leading to failure of timber. The
final aim is to transpose this knowledge to perform
strength grading more accurately while remaining feasible
in an industrial context, meaning at high-speed.
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EFFECTIVE OUT-OF-PLANE STIFFNESS AND STRENGTH OF ROTATED
CROSS LAMINATED TIMBER PANELS
Alexandra Cheng1, Johannes Schneider2, Thomas Tannert3
ABSTRACT: This research considers the effect of in-plane rotation angles on the structural performance of Cross
Laminated Timber (CLT) panels. In the interest of expanding the application of CLT to folded or freeform structures,
rectangular CLT panels are likely to be divided into irregular geometries, in which case the loading will be applied at an
intermediate orientation between the longitudinal and transverse panel axes. Such a loading condition is not accounted
for in the existing analytical methods for dimensioning and designing with CLT. An analytical method is proposed
which hybridizes the Shear Analogy method with Hankinson’s equation, allowing a designer to determine the effective
stiffness of a CLT panel with any layup and at any in-plane rotation angle. An analytical study, followed by
implementation with 3D parametric Finite Element Modelling and an experimental investigation, is used to evaluate
this method. Results show that cross-grain/in-plane rotation has considerable effect on strength and stiffness of CLT
panels with fewer than 5 laminations.
KEYWORDS: Cross Laminated Timber, analytical modelling

1 INTRODUCTION 12
Cross-Laminated Timber (CLT) panels have been used
for residential and non-residential mid and high-rise
structures [1]. Increasingly complex architectural
geometries present new challenges for structural
engineers [2]. CLT panels offer the potential application
to freeform structures. Manifesting such structures
requires irregular panel geometries; as a result, each
panel lamination has a cross-grain condition, resulting in
an asymmetric anisotropic laminated composite [3].
The anisotropic material behaviour of timber is
described with distinct mechanical properties (elastic and
shear moduli, E and G, and strength properties) along
three mutually orthogonal orthotropic axes identified as
the longitudinal, radial, and tangential orientation (L, R,
T). For practical purposes the properties in radial and
tangential direction are assumed equal and referred to as
perpendicular to the grain using the subscript 90 [3].
Empirical studies [4,5] indicate that the moduli for
softwood timber can be safely expressed by the
following ratios:
E0 = 30E90 = 16G0 = 160G90

Timber members whose primary geometric spanning
axis and longitudinal material axes do not align, as
shown in Figure 1, are termed “cross grain’ [3]. For a
more in-depth discussion on failure criteria, the reader is
kindly referred to Kasal and Leichti [6].

Figure 1: Aligned (left) and cross grain (right)

In this paper, these panels are described by the acute
angle, α, between the geometric longitudinal axis of the
full panel and the grain orientation of the outermost
lamination, see Figure 2.
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Figure 2: CLT panels with different in-plane rotation R: from
left to right, with α = 0°, 90°, 30°
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Hankinson [7] developed an empirical relationship, now
commonly known as Hankinson’s equation, which is
widely used in material standards around the world to
estimate the cross-grain strength and stiffness properties
of timber and engineered wood products. In lieu of
matrix transformation, Hankinson’s equation is a simple
and serviceable means of determining 2D cross grain
properties of a single lamination. Hankinson’s equation
can be used to determine material properties Xα at crossgrain angles between 0°< α < 90° so long as the 0° and
90° properties (X0 and X90) are known:
(2)
This equation can be applied to individual layers of
composites consisting of multiple laminates, however, it
is inadequate to describe the global behaviour of such
composites. Shear Analogy, a method proposed by
Kreuzinger [8] was confirmed [9] as a more precise
analytical method for calculation of the effective
stiffness of CLT panels. The method also accounts for
the effect of rolling shear in transverse laminations, but
assumes only 0° or 90° lamination orientations:
(3)
12
2

2

Where is the layer thickness for layer i, Z the distance
from the layer centroid to the neutral axis N.A., Ei the
modulus of elasticity, bi the width, Ai the gross section
area,
is the distance between the centroids of the
outermost layers i and n, and Gi are the rolling shear
modulus for layers i through n, see Figure 3.

Figure 3: Geometry of a CLT panel using Shear Analogy

Precedent research on rotated CLT laminations [10,11]
used thick specimens subject to deep-beam condition
and did not examine elastic moduli nor account for
rolling shear in their analytical models. Results from
both studies indicated a bell-curve rather than a more-orless linear ascent from 0° rotation to 90° rotation angle.
This is important, as manufacturer design guidelines for
CLT currently assume the 90° rotation as the weakest
loading direction.

2 CLT CROSS-GRAIN PROPERTIES
2.1 ANALYTICAL MODEL
This research presents a hybrid Hankinson-Shear
Analogy analytical model. Given that the Shear Analogy
requires two orthogonal elastic moduli as input, E0 and
E90 are replaced with cross-grain angled moduli values
Eα and Eα-90 calculated using Hankinson’s Equation. The
same is performed on shear moduli, thereby modifying
the Shear Analogy to suit any cross-grain angle α.
An example analysis considered 100 x 800mm spanning
CLT elements subjected to 1kN point loads at mid-span.
All layers were assumed to be 30mm thick SPF (SprucePine-Fir) with E0 taken as 11,000MPa and the other
moduli estimated according to Equation 1.
The proposed hybridized Hankinson Shear Analogy
model was used to predict the panel stiffness for four
different CLT configurations (3-ply, 4-ply, 5-ply and 7ply) between 0° and 90° angle orientations. For
comparison, Hankinson’s Equation alone was used to
interpolate the gross-grain properties of the layups.
Figure 4 shows the normalized panel stiffness for their
respective maximum stiffness at α = 0°.
The modified Hankinson-Shear Analogy method
reproduces the same 0° and 90° stiffness values but
shows a significantly lower stiffness at intermediate
angles. This reduction is more pronounced for panel
configurations with fewer layers while the 5-ply and 7ply panels show less stiffness degradation over the
interim cross-grain angles. If shear analogy is taken as an
accurate predictor of panel stiffness at 0° and 90° crossgrain angle orientations, then Hankinson’s equation
alone results in un-conservative values at those angles.
The CLT handbook [1] provides a simplified procedure
for using (EI)eff to calculate the bending resistance, MR:
1
0.5

(4)

Where Fb is the specified bending strength of the outer
longitudinal layer in tension, E1 the modulus of elasticity
of the outer longitudinal layer in tension, and htot the
thickness of the CLT panel.
Assuming longitudinal grain in the outer laminations in
conjunction with cross grain CLT requires caution, as FB
and
also change with α and can be determined using
Hankinson’s Equation. A designer may assume MR
should be solved using these changing inputs in addition
to calculating (EI)eff with cross grain. But such a
procedure would result in non-conservative. The
intention of the simplified procedure is to rely upon an
effective moment of inertia representing a uniform
section of longitudinal grain whose flexural response is
equivalent to the actual composite cross laminated
section. As such, if Ei and FB are held constant at their
original longitudinal values and only (EI)eff is permitted
to vary with α, then the resulting flexural resistance
curves (calculated with the same values as before and
normalized,) are congruent with the (EI)eff predictions, as
shown for the example illustrated in Figure 5 taking FB,0
as 11.8MPa and FB,90 as 5MPa.
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2.2 FINITE ELEMENT MODEL
Technological advancements 3D parametric architectural
modelling software [12,13], provide the computational
means to use CLT in ways which were previously
unheard of, such as folded plate structures as illustrated
in Figure 6. While precedent structural engineering
investigations of freeform and folded plate CLT
structures have assumed only strong-axis loading of
spanning members [14-16], several folded timber plate
pavilions with complex folding geometries [17,18]
illustrate that manifesting panelized freeform structures
requires CLT panels with irregular cuts, see Figure 7,
whose cross-grain mechanical properties are not
addressed by CLT design guidelines [19]. For an in
depth discussion, the reader is kindly referred to [20].
Figure 8: Hybridized analytical model scripted into a material
definition component with Python.
40

Figure 6:Example of freeform panellised structure.
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Figure 9: Analytical predictions vs. FEA output.

Figure 7: Irregularly cut CLT panel with cross-grain in edge

Digitally integrated models which link 3D parametric
models with Finite Element software allow structural
engineers to engage more easily with these types of
complex geometries. Implementation requires input
values of material properties to inform the process.
Though orthotropic materials can be defined in these 3D
parametric models, means of defining a complex
laminates is not readily available. Developing definitions
for CLT panels within parametric models is therefore an
important step.
For computational evaluation, the hybridized HankinsonShear Analogy analytical model was integrated into 3D
parametric finite-element analyses (FEA). In this
research, the numerical process, shown in Figure 8, used
the software platform Rhinoceros3D and its plug-in
scripting interface Grasshopper, which permitted
customization and integration with the FEA software
Robot Structural Analysis. The results closely match the
analytical predictions, see Figure 9.

2.3 EXPERIMENTAL METHODS
For experimental verification of the proposed hybrid
Hankinson-Shear Analogy approach, three test series (3ply, 4-ply and 5-ply CLT) with four different cross-grain
orientations within each series (α = 0°, 30°, 60°, 90°) and
ten replicates each cut to 250 x 1000mm were fabricated,
see Figure 10. The specimens were subjected to 3-point
bending as shown in Figure 11.

Figure 10: Test specimen specifications
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Figure 11: Test set-up: schematic (top) and photo (bottom)

Each of the specimens was subjected to the
displacement-controlled loading protocol dictated by EN
28619 with a rate of 25.4 mm/min. Specimen (EI)eff was
determined based on the response in the loading range
between 10% and 40% of failure load (Fult), after which
load was increased until failure and Fult was recorded.
Table 1 summarizes the test results and coefficient of
variations (COV) of the measured average failure load.
2.4 EXPERIMENTAL RESULTS
Figure 12 summarizes these (EI)eff values and compares
them to the predicted values calculated according to
Equations 2 and 3. Prediction curves match the trend of
their test counterparts, but for all layups are usually
lower than the test failure value; the variation in test
values emphasize this discrepancy while reinforcing the
inverted bell-curve trend.

Predicted and test result failure loads results are
summarized in Figure 13 in a similar manner. Here 3-Ply
and 4-Ply specimens outperformed their predicted failure
loads, the exception being the 5-Ply samples which
underperformed if not loaded at α = 0°. These curves
show a more severe inverted bell curve than expected
and emphasize the impact α has on material properties.
Three select photos of test specimen results are shown in
Figure 14. All samples failed in a brittle manner, with
responses varying in visual expression and deflection.
These clearly illustrate the influence of α upon the
expression of failure seen in the majority of specimens,
which saw failure initiate at the edge between the laths
of the outer layer in tension, followed by a combination
of cross-grain and splitting tension and then glue-line
delamination (local shear failure at the interface between
adhesive and timber). The topmost photo shows a 3-Ply
specimen with α = 45°, wherein failure was observed to
initiate at where the butt edges of laths met. Cross-grain
tension splitting occurred in the middle layer whereupon
the glue-line interface between layers separated laterally.
The centre photo of a 4-Ply specimen with α = 65°
exhibits a brash tension failure in lowermost laths,
followed by cross-grain tension failure in intermediate
lamina, and finally glue-line delamination. The
lowermost image of a 5-Ply specimen with α = 25°
shows a zig-zag delamination pattern following crisscrossed laminations and unglued lath sides, wherein
angled, unconfined outer laths at highest compression
gets kicked outwards and twisted. The majority of
specimens saw failure initiate at the edge between the
laths of the outer layer in tension, followed by glue-line
delamination (local shear failure at the interface between
adhesive and timber). Similarly, topmost layer lathers in
compression were squeezed upward and outward at their
narrow corners.
Based on observation during the testing, samples
oriented at intermediate angles (25, 45 and 65) tended to
form hinges as they failed owing to a lack of continuous
fibres. Due to cross-grain angles, each layer was askew
relative to its neighbours. Stress at glue-line interface
between layers was not evenly distributed to edges of
adjacent laths or to the layer above from the layer below.
As the member deflected the laths would shift in
accordance with their orientations, producing relative
shearing torsion between layers, and resulting in
delamination between layers, which then propagated to
the next seam or weak point in the wood (i.e., a knot, or
curved growth ring). These glue-line failures tended to
weave in and out like dovetail joints and behaved as
hinges akin to interlaced fingers, but were not always
noticeable from a distance.
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Table 1: Summary of 3-point bending test results

CLT

3-Ply

4-Ply

5-Ply

α
[º]
0
25
45
65
90
0
25
45
65
90
0
25
45
65
90

Fult
[kN]
20.5
3.9
2.7
3.1
4.9
20.5
5.1
4.3
5.4
14.4
24.8
8.1
6.7
7.3
20.9

Fult
COV
17%
27%
25%
12%
19%
13%
16%
10%
13%
13%
7%
15%
12%
17%
14%

3 CONCLUSIONS

(EI)eff
[109Nmm2]
92.3
35.7
7.8
7.9
5.2
113.0
40.8
22.7
24.8
38.4
121.0
63.8
39.1
62.0
96.2

The research presented herein addresses the need to
understand material properties of cross-grain CLT panel
elements for the design and construction of free-form
CLT structures. The effect of multi-laminate cross-grain
on the effective stiffness of the panel has been
investigated
analytically,
computationally
and
experimentally for different panel layups and cross-grain
values. Based on the investigation, the following
conclusions can be drawn:
1) Minimum stiffness of the panel does not exist at 90°
but dips lower between 45° and 90°, depending on
the layup of the panel.
2) Hankinson interaction equation alone is not adequate
to express the change in panel stiffness with crossgrain angle.
3) Combining Shear Analogy method with Hankinson’s
Equation permits rotated CLT panels to be described
analytically.
These models are illustrative of the asymmetric
anisotropic laminate composite behaviour of these
panels. Understanding this behaviour offers the
opportunity to expand the application of CLT to many
forms. Further study is needed to develop an analytical
description which captures effect of differential
movement at the glue-line interface.
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PREDICTION OF THE BENDING STRENGTH OF GLUED LAMINATED
TIMBER BASED ON THE LOCALIZED KNOT AREA RATIO AND MOE
IN LAMINATIONS
Sung-Jun Pang1, Jung-Kwon Oh2, Jung-Pyo Hong3, Sang-Joon Lee4, Moon-Jae Park5,
Sung-Il Jang6, Hyeon-Jeong Lee7, Jun-Jae Lee8
ABSTRACT: The aim of this study was to develop a stochastic glued laminated timber (glulam) beam model for
predicting glulam bending strength distribution. The developed glulam beam model requires the localized modulus of
elasticity (MOE) and lamination tensile strength as input properties. The tensile strength was calculated using a material
regression model based on the localized MOEs and the localized knot area ratios (KAR). The localized MOE was obtained
by using a machine stress rated (MSR) grader, and the localized KAR was determined using an imaging processing system.
The bending strength distributions in four types of glulams were simulated using the developed glulam beam model; these
four types included: (1) glulam beams without finger joints, (2) glulam beams with finger joints, (3) glulam beams with
different lamination sizes, and (4) glulam beams made using different lamination grades. The simulated bending strength
distributions were validated with actual bending strength distributions tested with full-size glulam beams. The
Kolmogorov-Smirnov goodness-of-fit tests showed that all of the simulated bending strength distributions agreed well
with the tested distributions. Especially, good agreements were shown in the 5th percentile point estimate of bending
strength with the difference of approximately 1%.
KEYWORDS: Glued laminated timber, Bending strength, Knot Area Ratio, MOE, Lamination

1 INTRODUCTION 123
Glued laminated timber (glulam) is widely used as a
building material, and its characteristic value used in
structural design is determined by the 5th percentile of the
glulam strength distribution. In general, to obtain the
distribution, enormous experimental tests are required for
glulams with various lamination combinations and grades.
Thus, the experimental tests are not an affordable to
derive the whole strength distributions. In order to
estimate the population statistics for glulam beams, a
computer simulation model is required. To date, several
glulam beam models have been developed based on
lamination properties (Foschi et al., 1980, Ehlbeck et al.,
1985, Hernandez et al., 1992., Folz, 1997, Lee et al., 2005,
Nakamura et al., 2011, Fink, 2014).
The lamination has to be graded by visual quality,
especially the size of knot, as well as MOE of the
lamination. In manufacturing process, if a lamination does
not meet the visual quality requirement for a certain grade
but the lamination satisfies the MOE criterion, the
manufacturer removes the knot then makes finger-joint.
Since the manufacturer can control the threshold of the
visual quality in the lamination grade, the manufacturer
should know what thresholds would be appropriate to
1
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manufacturing glulam. In order to reflect this
manufacturing process in a glulam beam model, the knot
size variation and knot position in the longitudinal
direction of lamination should be analyzed. It is difficult
to measure and record the knot information by hand.
However, nowadays, the imaging processing system
allows to analyze the knot in the laminations.
In this study, a new glulam beam model was developed
based on the knot size and location in laminations
recorded by imaging processing system (Figure 1). In
addition, the localized MOE was reflected at the same
position in the laminations recorded by machine stress
rated grader. This study focused on model development
and validation prior to determine visual quality
requirement by model analysis.

Figure 1: Imaging processing system (left) and Machine Stress
grader (right)
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2 MODEL DEVELOPMENT
2.1 Basic concept
The model was developed to estimate the bending
strength distribution from condition of glulam which will
be made; the number of lamination, lamination grade of
the combination, and the probabilistic properties of
corresponding lamination grade. In this development, the
following were considered.
(1) Size/volume effect : Glulam is a laminated product and
it can be made in a large volume. For a large glulam it is
impractical to measure 5th percentile of bending strength
by experimental approach in viewpoint of experimental
efficiency. In this study, the model development was
intended to be capable of capturing the size/volume effect
of glulam. To do this, the concept of the weakest link
theory, which addresses this effect statistically, was
incorporated into the model. Each lamina model was
segmented along the length into 1 mm-long elements
which were assumed as the links in the theory. For every
elements (or links) the lamina material properties were
statistically generated in the glulam model. Then, the
bending strength of glulam model was determined by
computing the stress profile of the elements.
(2) Knot size : the mechanical properties of lamina would
be different along the length. This variation would make
effects on the bending strength of the glulam in the end.
Therefore, the MOE and strength properties of each
element along the length are essential measurements for
predicting bending strength of glulam. But the
measurement of the fully-lengthwise properties is not
practical in reality. Only a limited length of lamina can be
used for the measurement because of testing apparatus.
For an example, in the tension test, some portion of
specimen in the length were damaged by tension grips.
Therefore, in this study, knot size, which was the most
influential defect on the strength was selected and
measured as a strength estimator. Based on the
measurements of the localized MOE and knot size, the
strength was computed.
(3) Input properties : The performance of scanning system
has been quickly improved. For knot size information,
charge-coupled device (CCD)-camera scanning technique
can be used and also MSR would be a good way to
measure localized MOE. In this study, CCD-camera
scanning system and MSR grading system were used.
These machine systems can provide efficient and
consistent way to make the database of input properties
for each lamina grade.
In this paper, the model was developed under the
assumptions below.
(1) Failure mode : There are many reports that the glulam
is failed by tension at the location of knot or finger-joint
under bending stress (Serrano 2003). To simplify the
model, only the tension failure was assumed in this study.
In reality, some compression failure could occur in
compression side of beam. But the influence of
compression side was not considered in the model
development.
(2) Elastic behavior : Under the first assumption, the
behavior under tension was assumed as elastic.

(3) Finger-joint : A manufacturer might make a fingerjoint when a knot larger than visual quality (VQ) restraint
was found, or some serious defects/drying problem should
be removed. In this study, knot was focused; hence, if
there is a larger knot than predefined knot restraint, the
portion of the knot in a lamina was removed and fingerjointed.
(4) Knot cluster : If a distance between knots is short, the
slope of grain is affected. In other words, the tensile
strength of knot cluster is smaller than that of same KAR.
Meanwhile, the distance between knots and the knot sizes
have patterns depending on a species. The knot cluster
also included in the knot pattern. Thus, knot cluster effect
will be reflected by the largest KAR of knot cluster.
2.2 Lamina database
For a lamination, MOE and tensile strength profile were
made by material model with pre-measured KAR and
MOE profile (Figure 2). Because the MOE and tensile
strength must be correlated, the database was developed
for the two properties to be about the same position along
the length of lamina.

Figure 2: Prediction of tensile strength using MOE and KAR in
a lamination

2.3 Assigning the input properties from the lamina
database
In glulam manufacturing, the manufacturer calculates the
required number of lamina. From the calculation, the
manufacturer lists up the number of lamina for each grade.
The over-sized knots than the restraint could be cut off.
Then the remnant laminae were to be finger-jointed.
When the finger-jointed lamina was longer than the
finished length of glulam, the finger-jointed lamina would
be cut to the length of glulam. Likewise, the computer
model was developed to follow the same manufacturing
process. The first input properties of lamina grade
required were randomly selected from the corresponding
lamina database. These properties were the localized
MOEs and the calculated tensile strengths of lamina,
which were then assigned to the virtually segmented
lamina elements of glulam. Each lamina element in a
same grade was assumed to be linked in the longitudinal
direction. The next input properties taken sequentially
from the database were given to the next link (lamina
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elements). This assigning process would be repeated to
the last lamina element.
The positions of the finger-joints were determined by
KAR criterion. If a detected knot gave a bigger value than
the maximum allowable KAR, the calculated tensile
strength which was based on the KAR and MOE
measurements was replaced with the tested tensile
strength of finger-joint.. Laminae that are too short would
not be finger-jointed in a real manufacturing process.
Thus, a minimum spacing between finger-joints was set
to be 800mm in the model.
2.4 Predicting MOR of a virtual glulam
The bending strength of a virtual glulam was predicted
using composite beam theory applied for each segment.
According to the composite beam theory, the stress in the
ith lamina is given under moment, M, by Eq. (1).

𝜎𝜎𝑠𝑠,𝑖𝑖 = �
where

𝐸𝐸𝑖𝑖 𝑀𝑀 𝑦𝑦𝑖𝑖,𝑠𝑠
�
𝑤𝑤𝑜𝑜 3
2
�
� ∑𝑖𝑖 𝐸𝐸𝑖𝑖 + (𝑤𝑤𝑜𝑜) ∑𝑖𝑖 𝐸𝐸𝑖𝑖 𝑦𝑦𝑖𝑖,𝑐𝑐
12

(1)

Where,
𝑦𝑦𝑖𝑖,𝑠𝑠 = distance between a neutral axis of virtual
glulam and a calculation point of tensile stress of ith
lamina (mm)
𝑦𝑦𝑖𝑖,𝑐𝑐 = distance between a neutral axis of virtual
glulam and a centroid of ith lamina (mm)
𝑦𝑦𝑖𝑖,𝑒𝑒𝑛𝑛𝑑𝑑 = distance between a neutral axis of virtual
glulam and an outermost of ith lamina (mm)
𝑘𝑘 = ratio of MOR and tensile strength of lamina, herein
1.45 was used as references of Nakamura et al. (2011),
Forest Products Society (1997), West Coast Lumber
Inspection Bureau (2004), Barrett et al. (1994).
The neutral axis of each segment was calculated using the
localized MOE of each lamina element. The moment
capacity of each segment was computed using the
localized tensile strength of each lamina element (Eq. (3)).
This procedure was repeated along the maximum moment
zone which was a middle 1/3 span of a glulam beam under
third-point loading. The minimum moment obtained from
all calculations along the zone defined the ultimate
moment-carrying capacity of the virtual glulam beam.

𝜎𝜎𝑠𝑠,𝑖𝑖 = tensile stress of the ith lamina (MPa)
𝐸𝐸𝑖𝑖 = MOE of the ith lamina (MPa)
𝑀𝑀 = bending moment of the virtual glulam (N ∙ mm)

𝑀𝑀𝑐𝑐𝑡𝑡𝑠𝑠,𝑠𝑠

𝑦𝑦𝑖𝑖,𝑠𝑠 = distance between a neutral axis of the virtual
th

glulam and the calculation point of tensile stress of i
lamina (mm)

⎝

⎠

(3)

𝑖𝑖 𝑖𝑖,𝑠𝑠

𝑀𝑀𝑐𝑐𝑡𝑡𝑠𝑠,𝑆𝑆 = ultimate moment carrying capacity of
𝑜𝑜𝑠𝑠,𝑖𝑖 = tensile strength of the ith lamina (MPa)

𝑜𝑜 = thickness of the lamina (mm)

𝑤𝑤 = width of the lamina (mm)

𝐸𝐸𝑖𝑖 = MOE of the ith lamina (MPa)

𝑜𝑜 = thickness of the lamina (mm)

𝑦𝑦𝑖𝑖,𝑐𝑐 = distance between a neutral axis of the virtual

𝐸𝐸𝑖𝑖 = MOE of the ith lamina (MPa)

glulam and a centroid of the ith lamina (mm)

In Eq. (1), a distance between a neutral axis of virtual
glulam and the calculation point of tensile stress of ith
lamina, 𝑦𝑦𝑖𝑖,𝑠𝑠 , was determined by Eq. (2). The tensile
strength of the lamina was determined in a uniaxial tensile
test. The tensile stress of a glulam in bending was not
uniform through the depth of beam. The stress distribution
in a lamina had a trapezoidal shape. Thus, the distance
between a neutral axis of virtual glulam and a calculation
point of tensile stress profile in the lamina should be
considered. Bender et al. (1985) and Colling (1990) used
the mid-depth stress criterion. Serrano et al. (2001)
showed that the mid-depth stress criterion is suitable only
for large beam depths. Meanwhile, Mihashi et al. (1998)
compared three different criteria and showed that a
combined failure criterion (MOR and tensile strength)
gave the best agreement with the corresponding
experimental results. In this study, 𝑦𝑦𝑖𝑖,𝑠𝑠 was determined by
Eq. (2) which was derived from the combined stress of
bending and tension.
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12
⎞
⎟
𝐸𝐸 𝑦𝑦

virtual glulam at a segment (N ∙ mm)

𝑤𝑤 = width of the lamina (mm)

𝑦𝑦𝑖𝑖,𝑠𝑠 =

where,

⎛
= 𝑚𝑚𝑚𝑚𝑛𝑛 ⎜

(2)

𝑦𝑦𝑖𝑖,𝑐𝑐 = distance between a neutral axis of the virtual
glulam and a centroid of the ith lamina (mm)
𝑦𝑦𝑖𝑖,𝑠𝑠 = distance between a neutral axis of the
virtual glulam and the calculation point of tensile
stress of the ith lamina (mm)
Once the ultimate moment-carrying capacity of the
glulam beam was determined, the apparent modulus of
rupture (MOR) of the beam was calculated using Eq. (4).
𝑀𝑀𝑀𝑀𝑅𝑅 =

𝑀𝑀𝑐𝑐𝑡𝑡𝑠𝑠
𝑆𝑆

(4)

where,
𝑀𝑀𝑐𝑐𝑡𝑡𝑠𝑠 = ultimate moment carrying capacity of entire
virtual glulam (N ∙ mm)
𝑆𝑆 = the section modulus of the virtual glulam (mm3)
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3 EXPERIMENTAL PROCEDURES

𝑜𝑜 = thickness of the lamina (mm)

3.1 Input properties database

Employing KAR and MOE as estimator a linear multiple
regression model (Eq. (5)) was used for predicting tensile
strengths of lamina. The regression coefficients were
derived by the partial least squares (PLS) method using
Minitab software (Minitab Inc., PA).

Samples of softwood species (Larix kaempferi Carr.,
oven-dry density: 540 kg/m3) grown in Gangwon
Province, Korea were used as specimens. After kiln
drying, the surfaces were planed so that the final crosssections were 38 mm x 89 mm and 38 mm x 140 mm with
a length (3,600 mm). The moisture content of the
specimens was approximately 10-13%. The specimens of
lamination involved were listed in Table 1.
Table 1. Specimens for input properties database.
Number of
Dimensions
Grade1)
specimens
E8 (8-9 GPa of MOE)
266
38x89x3600
E10 (10-11 GPa of MOE)
378
815
E12 (12-13 GPa of MOE)
171
E8 (8-9 GPa of MOE)
246
38x140x3600 E10 (10-11 GPa of MOE)
352
830
E12 (12-13 GPa of MOE)
232
1) E-rating grade which was determined by average of localized
MOEs in a lamination

In order to develop a material model for generating tensile
strength from KAR and MOE data, tensile strength tests
were carried out with the laminae (Table 2), which were
randomly sampled from the specimens of Table 1. The
full length of the specimens was 3600 mm. The length of
the grip for holding the specimen was 600 mm, and the
span of tension test between the grips was also 600 mm.
Thus, the tensile strengths of two parts in a lamina could
be tested.
Table 2. Specimens for tensile strength test.
Dimensions

Grade1)
E8 (8-9 GPa of MOE)

38x89x1800

E10 (10-11 GPa of MOE)
E12 (12-13 GPa of MOE)
E8 (8-9 GPa of MOE)

38x140x1800
1)

E10 (10-11 GPa of MOE)
E12 (12-13 GPa of MOE)

E-rated grades are the same as for Table 1

Number of
specimens
34
35
99
30
12
107 220
101

The tensile strength was calculated using Eq. (4).
Regarding the full-scale tensile strength test of lumber,
Foschi (1980) revealed the importance of test
configurations due to the lateral movement of edgecracked specimen. Herein, in order to control the lateral
movement, Supports were installed on the bottom of
specimens. Thus, the lateral movement of specimens
would occur in the upper direction.
𝑜𝑜𝑠𝑠,𝑡𝑡𝑎𝑎𝑚𝑚𝑖𝑖𝑛𝑛𝑎𝑎

𝑃𝑃𝑚𝑚𝑎𝑎𝑥𝑥
=
𝑤𝑤 ∙ 𝑜𝑜

(4)

Here,
𝑜𝑜𝑠𝑠,𝑡𝑡𝑎𝑎𝑚𝑚𝑖𝑖𝑛𝑛𝑎𝑎 = tensile strength of the lamina (MPa)
𝑃𝑃𝑚𝑚𝑎𝑎𝑥𝑥 = applied maximum load (N)
𝑤𝑤 = width of the lamina (mm)

𝑌𝑌 = 𝛽𝛽0 + 𝛽𝛽1 𝑋𝑋1 + 𝛽𝛽2 𝑋𝑋2 + 𝜖𝜖

(5)

Here,
Y = the predicted tensile strength (MPa)
𝛽𝛽𝑖𝑖 = regression coefficients
𝑋𝑋1 = independent variable (herein, knot area ratio)
𝑋𝑋2 = independent variable (herein, modulus of elasticity)
(GPa)
𝜖𝜖 = the error term
The localized knot area ratios (KARs) were matched with
the localized MOE at the same position on the lamina,
then the tensile strength of 1 mm-long lamina element was
calculated using these localized KAR and MOE values.
The both parameter (KAR and MOE) are sizeindependent, but the tensile strength varies depending on
the species, grade, and size (Bender and Woeste, 2012;
Hoyle and Galligan, 1979). Thus, the regression
coefficients of Eq. (5) should be different depending on
the species, grade, and size.
The ends of the laminae were connected with a fingerjoint. The tensile strength of the finger-jointed lamina was
different from that of a lamina without finger-joints. To
derive the tensile strength distribution of finger-jointed
lamina, 30 pieces of finger-jointed laminae were
manufactured for each grade (Table 3). The same grade
laminae were connected using finger-joints which were
positioned in the middle of the test span. The laminae for
making finger-joints were selected randomly in a same
lamina stock, and cut to 900 mm from 3,600 mm lamina.
The 900 mm laminae were used for making finger-jointed
lamina. Thus, some finger-jointed laminae, 1,800 mm
length, were fabricated from 1 original lamina, 3,600 mm
length. Some finger-jointed laminae were fabricated from
2 different original laminae in a same grade.
Table 3. Specimens for tensile strength of finger-jointed
lamina.
Dimensions
38x89x1800

38x140x1800
1)

Grade1)
E8 (8-9 GPa of MOE)
E10 (10-11 GPa of MOE)
E12 (12-13 GPa of MOE)
E8 (8-9 GPa of MOE)
E10 (10-11 GPa of MOE)
E12 (12-13 GPa of MOE)

E-rated grades are the same as for Table 1

Number of
specimens
30
30 120
30
30
30 120
30

3.2 Input properties database
A virtual glulam beam was modelled to simulate the
experimental glulam beam. The calculation of the bending
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strength of the virtual glulam beam in Section 2.4 was
carried out using Matlab software (2014a, The Mathworks,
Natick, MA). A thousand virtual glulam beams were
simulated. The localized MOE and KAR and the tensile
strengths of the finger-joints were incorporated into the
model as input properties.
In manufacturing a finger-jointed lamina, knots that had a
bigger KAR than approximately 0.4 were removed. The
KAR of extracted knot section from lamina for controlling
the visual quality level were measured. The minimum
length between finger-joints was set as 800 mm because
shorter lamina length would not be used in the
manufacturing practice. Thus, virtual glulam beams with
finger-joints were generated having the following
characteristics.
(1) Tensile strength of lamina element having a bigger
knot than 0.4 KAR were replaced with tensile strength of
finger-joint in the same grade.
(2) The minimum distance between finger-joints was set
as 800 mm. If the lamina length was shorter than 800 mm,
the lamina was removed.
(3) At least one finger-joint was forcibly placed in the
middle of the virtual glulam beam in order to simulate the
actual glulam specimens.
3.3 Experimental tests for model validation
Four sets of glulam beams were manufactured for
validating the glulam beam model. Set 1 was prepared for
the glulam without finger-joints. Set 2 was for the glulam
with finger-joints. Set 3 and Set 4 were intended to
investigate whether the model capability maintained with
the changes in the size/volume or the combinations of
lamina grades of glulam, respectively.
All laminae for manufacturing glulam were selected in
random from the designated grade specimens for
establishing input properties. However, after the planning
process, the dimension of surfaced glulam specimen
should be reduced from the sum of the original lamina
depth. The final dimensions of glulam specimens for
model validation are shown in Table 4.
Table 4. Specimens for validating simulated glulam
bending strength distributions.
Finger-joint
Set1
Set2
Set3
Set4

No finger-joint
With finger-joint
With finger-joint
With finger-joint

Final dimension (mm)
Width
80
80
130
80

Number of
depth Length specimens
130
130
250
250

2400
2400
4800
4800

30
30
30
30

A third-point loading test was carried out using a universal
testing machine (Zwick GmbH & Co., Ltd., Ulm,
Germany) to evaluate the bending strength of the glulam
(AS/NZS 4063.1). The span to depth ratio was 1:18, and
the load speed was 5 mm/min. Specimen failure occurred
within 5 min. The modulus of rupture (MOR) was

calculated from the maximum bending moment as given
in Eq. 6 (AS/NZS 4063.1):
𝑀𝑀𝑀𝑀𝑅𝑅 =
where,

𝑀𝑀𝑚𝑚𝑎𝑎𝑥𝑥 𝑦𝑦
6𝑀𝑀𝑚𝑚𝑎𝑎𝑥𝑥
=
2
𝐸𝐸
𝑤𝑤𝑠𝑠𝑒𝑒𝑠𝑠𝑠𝑠 𝑜𝑜𝑠𝑠𝑒𝑒𝑠𝑠𝑠𝑠

(6)

𝑀𝑀𝑚𝑚𝑎𝑎𝑥𝑥 = maximum bending moment (N•mm)
y = distance from the neutral axis of the glulam beam
(mm)
I = the moment of inertia of the cross section (mm4)
𝑤𝑤𝑠𝑠𝑒𝑒𝑠𝑠𝑠𝑠 = width of the test piece (mm)
𝑜𝑜𝑠𝑠𝑒𝑒𝑠𝑠𝑠𝑠 = thickness of the test piece (mm)
The maximum bending moment was calculated within
maximum moment zone (MMZ) using Eq. (7).

𝑀𝑀𝑚𝑚𝑎𝑎𝑥𝑥 𝑖𝑖𝑛𝑛 𝑀𝑀𝑀𝑀𝑍𝑍 =
where,

𝑃𝑃𝑚𝑚𝑎𝑎𝑥𝑥 𝐿𝐿
6

(7)

𝑀𝑀𝑚𝑚𝑎𝑎𝑥𝑥 𝑖𝑖𝑛𝑛 𝑀𝑀𝑀𝑀𝑍𝑍 = maximum bending moment in maximum
moment zone (N•mm)
𝑃𝑃𝑚𝑚𝑎𝑎𝑥𝑥 = applied maximum load (N),
𝐿𝐿= test span (mm),

4 RESULTS AND DISCUSSION
4.1 Input properties database
In order to generate the tensile strength of lamina elements,
the maximum KAR and the minimum MOE in the tensile
test span were used. In the case of a specimen that has
small knots, a failure in tension often occurred around the
grip. The tested specimens with this grip failure were
excluded because the objective of the test was to obtain
the relationship between KAR and tension. Although the
high tensile strength of clear segment of lamina could not
reflect, the low tensile strength of lamina is suitable to
estimate the lower tail strength distribution of glulam. The
number of specimens in Table 2 was counted only for the
failure around knots. The lateral movement of specimens
was not observed.
Table 5. Partial least squares multiple regression results
for KAR, MOE, and tensile strength.
Lamina
size
(mm)
38x89

38x140

Standardized
Coef.

𝑅𝑅2

Predictor

Coef.

Constant

41.23

KAR
MOE
(GPa)

-69.71

-0.62

6.27×10-16

0.55

1.63

0.30

-4

0.61

Constant

39.40

KAR
MOE
(GPa)

-56.38

-0.67

2.73×10-19

0.61

1.26

0.19

-3

0.63

P-value
1.78×10-10
7.85×10

9.58×10-9
3.69×10
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When using multiple regression, the coefficient estimates
can change erratically in response to small changes in the
model or the data. Thus, multicollinearity, a phenomenon
in which two or more predictive variables are highly
correlated, should be checked. PLS regression was carried
out to check the main components and drive the fit to a
more reliable regression. This would get rid of the
multicollinearity problem (Pirouz, 2006). The
standardized coefficients and the relative importance of
each predictor in the model showed that KAR was a main
component (Table 5). When adding MOE to the fit, the
multiple determination, 𝑅𝑅2 increased. This means that the
consideration of both MOE and KAR was optimal for
predicting tensile strength. The 𝑅𝑅2 value indicates how
much the change of a dependent variable is caused by the
change of the independent ones. These values were 6163%. Finally, the database of MOEs and tensile strength
of lamina was constructed at each grade.
The tensile strength distributions of finger-jointed lamina
in grades were shown in Figure 3. The distribution of
higher lamina grade fell to the right of lower grade lamina.
However, the lower tails of the distributions did not vary
much among the grades. The high glue quality of fingerjoint had high tensile strengths, and the failure was likely
to occur around the grips. Thus, to account for the
experimental tensile strengths of finger-joints in virtual
glulam beams, we used a 15% lower tail distribution for
finger-jointed lamina. Several standards, ISO 13910
(2005), AS/NZS 4063.2 (2010), Barrett et al. (1994), use
15% lower tail distribution for deriving 5% point estimate.

the shear-failed specimens were much higher than the
knot-failed specimens. The shear failure might be induced
by a high tensile strength of the outermost lamina.
Although the model could not capture shear failure, it
would be acceptable since a high tensile strength of the
outermost lamina also gave a high chance to produce the
high moment carrying capacity in the model. It means that
the failure types in simulation would not be an influential
factor in the prediction of distribution.

(a) Set 1 and 2

(b) Set 3

(c) Set 4
Figure 4: Virtual glulams for validating the glulam beam
model
Figure 3: Tensile strength distribution of finger-jointed lamina

4.2 Validation of glued laminated timber model
4.2.1

Validation of glulam without finger-joints (Set 1)

One thousand virtual glulam beams were generated from
the input database of 38 mm × 89 mm lamina stock. The
virtual glulam beams in Set 1 did not have finger-joints
and were made using two lamina grades of E12 and E8
(Figure 4 a). Thirty actual glulam beams (Set 1) were
manufactured. The bending tests were carried out for
validating the simulated bending strength distribution of
glulam. Most glulam specimens (27 of them) failed
around a knot in the tension zone (Figure 5 left).
Meanwhile, shear failure appeared in three glulam
specimens. The maximum moment carrying capacities of

Figure 5: Failure modes of glulam; tension (left) and finger
joint (right) in tension zone

The Kolmogorov-Smirnov two-sample test (K-S test) was
performed to determine whether the simulated and actual
cumulative distribution functions were significantly
different. There was not sufficient evidence to conclude
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that the two distributions were different at significance
level of 0.01. The difference of the non-parametric 5%
point estimate was approximately 1%. As shown in Figure
6 (a), overall, the simulated distribution of bending
strength fitted the test data. Especially, a good agreement
was found in the lower-tail of the distribution. However,
the upper-tail of the distribution was deviated from the test
data. Although a clear explanation about the deviation
could not be sought, it was thought that more test data
might improve the results.

(a) Set 1

4.2.2

Validation of glulam containing finger-joints (Set 2)

4.2.3

Validation of the different glulam sizes (Set 3)

In order to ensure that the glulam model accurately
accounts for the effect of finger-joints in lamina, one
thousand virtual glulam beams were generated from the
input database of 38 mm × 89 mm lamina stock. Thirty
pieces of actual glulam beams that included finger-joints
in the lamina were manufactured. The lay-up of the
lamina grades was the same as that in Set 1 (Figure 4 a).
Finger-joints were placed in the middle of the outmost
lamina in glulam specimens in order to induce failures in
finger-joints. Most of the failure in the actual glulam
specimens (28 of them) occurred in the finger-joints
(Figure 5 right). The failure around the knots in the
tension zone was observed in only two test specimens
since severe knots in laminae were cut and replaced with
finger-joints or, rare within the short maximum moment
zone of 0.8 m.
K-S test indicated that the estimated distribution was not
significantly different from the measured distribution at a
significance level of 0.01. Especially, the comparison of
the bending strength distributions showed that the model
estimation fitted well at lower tail (Figure 6 b). The
difference of the non-parametric 5% point estimate was
approximately 1.1%.

It is recognized that the mechanical properties of wood
material are dependent on the size. The size/volume
effects of solid wood have been explored by several
researchers (Moody et al. 1990; Shedlauskas et al. 1996).
The simulation of Set 3 was intended to investigate the
model capability of simulating the size/volume-dependent
bending strength of glulam.
(b) Set 2

(c) Set 3

One thousand virtual glulam beams were generated from
the input database of 38 mm × 140 mm lamina stock. The
virtual glulam beams included finger-joints and three
lamina grades of E12, E10, and E8 (Figure 4 b). Thirty
actual glulam beams were manufactured for validating the
simulated bending strength. The bending test results show
that 20 of the specimens failed around finger-joints and
10 glulam specimens failed around the knot. All of the
failures occurred in the tensile zone, and the bending
strength was governed by knots or finger-joints.
The simulated distribution of bending strength matched
the experimental results quite well (Figure 6 c). The
difference of the non-parametric 5% point estimate was
approximately 1.1%.
4.2.4

(d) Set 4
Figure 6: Virtual glulams for validating the glulam beam
model

Validation for different combinations of lamina
layers (Set 4)

Set 4 (one grade lay-up) was prepared for simulating a
glulam with a different grade combination of lamina from
other Sets (symmetrical grade lay-ups). Thirty glulam
specimens were manufactured for actual bending tests. A
thousand virtual glulam beams were generated with the
E8 lamina grade of 38 mm × 89 mm lamina stock from
the input database (Figure 4 c). The bending test results of
the actual glulam beams show that 12 specimens failed
around finger-joints and 18 specimens failed around the
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knot. All of the failures occurred in the tensile zone, and
the bending strength of the glulam was governed by knots
or finger-joints.
The simulated distribution of bending strength was fit
well with the test data (Figure 6 d). The difference of the
non-parametric 5% point estimate was approximately
1.1%, and the comparison of COVs showed quite similar.
The tested glulam beams were made with the laminae
which were used for building input properties database. It
means that samples, the tested glulam beams, were
extracted in population, all virtual glulams which can be
made with input properties database. Thus, the strength
distributions of tested glualms could be similar with these
of virtual glulams. If the input properties database reflects
a specific lamina grade, species, and size, the simulated
strength will reflect the actual strength of glualms which
can be made with the specific laminae.

5 Conclusions
In this study, a new glulam beam model was developed
with consideration of the localized KARs and MOEs at
the same position in a lamina. Also the effect of fingerjoints was incorporated into the model development. The
main objective of this model was to estimate the bending
strength distribution of actual glulam beams. For model
validation, an experimental program on the bending tests
of glulam was conducted. The program included four sets
of glulam specimens which were classified depending on
the inclusion of finger-joint, the size of lamina and the
combination of lamina grades. The simulation results
showed good agreements with the experimental data in
the distributions and the 5th percentile bending strength.
Therefore, it was thought that this developed model could
be used in the development of glulam design value,
size/volume effect factor and glulam strength grade
provided that the required input properties of lamina were
sufficiently ready.
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Numerical constitutive model for wood with specified density function
Mike Oppel1, Markus Jahreis1, Karl Rautenstrauch2
KEYWORDS: Constitutive model; material parameters, visualization, numerical analyses, flow pattern model
ABSTRACT: Designing a realistic finite elements model for timber is a great challenge. Nevertheless, it is important to
consider the special properties of the timber in order to the main direction and for details with special grow irregularities. In this paper, methods are introduced for non-destructive measurement also for the internal structure of the timber.
Furthermore, solutions are presented for developing realistic models of timber boards. Pictures of the surface can be
used to detect knots and the direction of annual rings, and the grain deviation can be estimated by flow analysis. The
density of selected details can be correlated with the colour scale and taken into the FE-model to design a natural model.

1 INTRODUCTION 123
To design and build extraordinary structures, knowledge
of the material and its properties is of great importance.
Nowadays, finite elements method (FEM) is used in the
planning process of large, remarkable structures or for
the restoration of important historic buildings. However,
without a reliable model for the material, FEM is not
able to deliver satisfactory results. Especially in case of
timber, the natural “fibre reinforced plastic” (FRP), the
real properties can clearly differ from the ideal homogeneous models. It is a challenge to find a fitting calculation model for it as various events can influence its internal structure. Imaging methods can be an important
aid for the investigation of irregularities in this naturally
grown material.
This paper presents methods for determining the wood’s
structure, especially its density, by using electromagnetic
and sonar technologies. By using special visualisation
processes, three-dimensional images of the material and
its density distribution can be created. Furthermore,
methods are presented to form a reliable design model
with FEM, taking into account the real material characteristics.

2 TEST MATERIAL AND METHODS
The inner structures of naturally grown materials are
largely dependent on multiple environmental influences.
This makes a mathematical description difficult as the
necessary parameters can vary significantly. In some
cases, this fact has fewer critical consequences for building construction, but since wooden building components
mostly consist of large single pieces of timber, this in1
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creases the importance of an extensive analysis of characteristic variations of this material. Uniform growth
conditions favour a straight trunk history and uniform
structure of the annual rings. Different ring widths have
varied, greatly reducing capacities as regards stiffness
and strength properties. Along with this, different cross
sections show different swelling and shrinking behaviour. Besides irregularities due to variable widths of
annual rings, there are knots and knot clusters, the criterion of fibre deviation and the occurrence of cracks as
other sorting criteria.

Figure 1

Changing fibre direction at natural crown wood

Figure 1 illustrates the highly variable natural grain particularly in the area of knots. The grain splits similar to
the flow behaviour of water which flows around an obstacle. As the same volume of fluid has to pass the reduced mouth, the flow velocity has to be boosted. As for
the stem, this generates a higher density beneath these
interrupted areas.
In the normative specifications of the DIN EN 1995 the
modulus of elasticity in grain direction E0,mean is 30 times
higher compared to the perpendicular value E90, mean. As a
consequence, it is essential to consider the grain direction. Therefore, radial, tangential and longitudinal approaches alone are not sufficient, especially in the area
of knots and growth defects.

WCTE 2016 e-book | 2542

The off axis deviation can be more than 45°. However,
the higher bulk density in those areas also with larger
values for strength and stiffness has capable comparative
properties across the cross-section to achieve. With exact
knowledge of density, fibre orientation and present
knots, it is logical to use a numerical model and it enables a more economical dimensioning. The elements of
the numerical model can be related to the material dependent properties. With this, the specific material behaviour under load, as well as the influence between the
elements, can be taken into account.
With imaging methods, knots or knot clusters and grain
deviation can be added as parameters for virtual tests as
for recalculation of existing structures. Contactless
measuring methods are currently popular. Thanks to the
steadily improving software solutions, they already allow digital measurement of volume and density. The
precision of traditionally used analogue methods for
determination of material properties strongly depends on
geometric dimensions especially the measurement of the
gross density. The measurement of the specimen is mostly realized over the whole volume, without the possibility of including differences on the density distribution.
With photo based systems, the surface can be recorded
completely including the course of the annual rings,
density distribution, as well as discontinuities including
their directions. Furthermore, the transient shape change
due to humidity change, can be determined and related to
the time and ambient conditions. The distortion of the
shape is dependent on the anisotropic properties of the
timber, as well as to the existing irregularities. This
complicates the challenge of forming a realistic image of
the element of interest.
In this research a compound block of glulam was used as
a specimen for the experiments. The block consists of
two pieces of glulam bonded together as one, as shown
in Figure 2. The single boards include areas of differing
density, annual rings, knots and little defects, as well as
finger joints. Each piece has five boards glued together
with melamine resin. Both glulam bodies were joined
with resorcinol resin, as it is usually done at large beams.
The finished specimen has a width x height x length size
of approximately 150 x 200 x 330 mm. This timber
block was examined with simple digital photography,
computer tomography (CT), direct ultrasonic (US) with
separated transducer and receiver as well as with “reflection” US as it is used in industrial or medical sonography.
On the basis of the measured data and with aid of special
visualisation processing, a three dimensional image of
the object was created and the density distribution captured. After recording with CT, Ultrasonic and photogrammetry, the block was sliced and the slices were cut
into little cubes. The volume of some cubes with characteristic properties were measured with photogrammetry
again and subsequently weighed to determine the gross
density. Afterwards, the data of these relevant fragments
were matched with the CT information to create a verifiable, realistic model of the timber.

3 VISUALIZATION
To capture a real object in a three dimensional numerical
model, a range of different pictures of it is required. How
to proceed to achieve a computable model of an object
with non-destructive visualization methods, also for
transient alternation of shape, is described below.
3.1 FROM THE PICTURE TO THE 3D IMAGE
The software Visualisation Toolkit (VTK) was used in
the current research project to shape 3D-mesh-objects
out of pictures. This program is an open source toolkit
for 3D computer graphics, image processing, volume
rendering and visualization of deeper information. A
three dimensional point cloud can be either meshed into
a surface grid or to finite element meshes. Moreover, it is
possible to collect and organize a group of elements and
define properties for the points or cells. The mesh can be
generated by single linear lines between two points, by
triangles, triangle stripes, quads and polygons for shapes
or tetrahedrons and cuboids. Those are processed as
compound elements not as single points or lines. To
smooth the surfaces, it has additional filters and modelling algorithms such as 3D-splines, data cleaning,
marching cube algorithm and cutting. On the basis of
data gathered pictures, it is possible to create a 3D model
of the exterior shape and the interior zones of different
density. With smart filter setting knots, annual rings and
gluing joints can be visualized and monitored.
3.2 PHOTOGRAMETRIE
Normal digital photography can also be used for 3D
photogrammetric measurement to analyse the exterior
surface, and in further processing the volume, of the
specimen or cut-outs. In these experiments this was used
to verify the density of selected areas. Three dimensional
photogrammetric measurement allows a realistic detection of shapes. A wooden body is never absolutely plane
or rectangular. It is mostly deformed at the very least
because of swelling or shrinkage. In practice, photogrammetry can easily be used to measure the exact shape
and deformation of a beam, or an assemblage point.
Almost all usual digital cameras can be used and, with
the help of visualisation processes, a precise 3D image
can be created.

Figure 2

Specimen, consisting of glued laminated timber,
used to investigate density distribution with the aid
of several visualisation methods
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Starting from the exemplary beam section a threedimensional photo model was created. Subsequently, the
beam has been divided into 20 mm slices, photographically recorded again and cut into cubes of about
20 x 20 x 20 mm. Cubes including glue joints, finger
joints, knots, different annual ring intervals or transient
drying behaviour were selected, recorded and compared
to segments of almost undisturbed timber. This data
provided access to the linear dependency between
strength properties and gross density, in correlation with
the non-linear dependency between moisture and
strength properties.

rings, have a darker shade. The mesh is compacted in
these areas. In further steps it was possible to estimate
the direction and size of those components.

Figure 4

Figure 3

Small cube of timber, cut out of the glulamspecimen, above a stepwise rotating platform for
photogrammetric measurement and as final,
mounted 3D-image

To record the small cubes’ geometry with photogrammetry, a special setting was prepared. A rotating platform
was used to turn the objects around, so that pictures
could be taken from all sides of the cubes. A soft box,
with several special lamps placed on the outside of it,
was used to create smooth lightning. This was of great
importance, since reflections, overexposure or shadows
must be strictly avoided in order to take high quality
images that document differences in structure and texture of the surfaces. With one cube placed on the setting,
the platform was gradually rotated by a step motor in
equal steps of 10 degrees, and a digital photo of each
position was taken from an inclined overhead position.
After one round was completed, the cube was turned
upside down and the process repeated. An array of 35
images was collected per cube. This enabled a complete
coverage with overlapping images to sample a 3D-model
of the cube with the real surface texture in high resolution. As the colour differences of the timber are also
evidence of density difference, the texture of the surface
is important. Later, the mesh for FEM and the localisation of knots is based on this texture. Grain direction,
knots and irregularities can be determined with the aid of
this texture too. In addition, the estimation of the real
volume is no longer limited to the outer boundaries of
the specimen. Almost every topology can be captured by
photogrammetry, for example small defects, and, thus,
the volume can be determined much more exactly. The
photographs were imported to the software “VTK”. This
can recognise around 30 000 pixels and can identify the
adjacent area. Furthermore, it localizes different shades
and patterns of the surface. With the collected information, it was possible to build a 3D-model of the specimen including the surface made from the images. A
point cloud could be made and, with aid of the point
coordinates, a triangulated mesh was generated. Usually
the areas of higher gross density, such as knots or annual

Cube shaped specimen as 3D-mesh-model dependent to the wood structure

Figure 4 shows the compacted mesh from annual rings
and defects. The blue marked edges and dots were made
to control the process. Normally this is not necessary for
surfaces with their own texture such as timber. VTK
offers the possibility of equalizing the mesh in the case
of bad picture quality, a low number of pictures or peaks
caused by leaks or mistakes in the pictures.
3.3 3D-IMAGES WITH INTERNAL STRUCTURE
In contrast to other common building materials, timber is
a not homogeneous, isotropic material. It is a kind of
fibre reinforced plastic (FRP) with a honeycomb structure. Timber is a special example of a lightweight construction material and has a high load capacity at a low
weight. Due to its growth require structure, it is directional and makes it difficult to create a realistic micro
model. Most existing models up to now have just been a
simplification of the real structure, including blurred
properties.
3.3.1
Computer tomography inspection
Therefore, more detailed information on the inner structure of the object is needed. One possibility for non destructive examination of a specimen is the Computer
Tomography (CT). This is a kind of X-ray. An X-ray
source and an X-ray sensor at the opposite side are rotating around the object. It captures a number of pictures
and generates images as slices of the specimen. The
slices can be mounted as three-dimensional model of the
object with all internal information, for instance with the
aid of VTK. The backgrounds are the CT created greyscale images, which result in the different radiation absorption rate of different density structures. They are
stored and managed as Digital Imaging and Communications in Medicine (DICOM) records. These can be evaluated with the appropriate software. This means the
different density areas can be recorded separately while
changing the threshold value. Subsequently, the individual layers of three-dimensional models can be generated
with the aid of special surface reconstruction algorithms,
such as the marching cubes algorithm for instance. Because of the interface problems that have existed until
now, it is necessary to convert the models to data exchange formats. The intermediate step can be a STL or
IGES file, for instance, which can be used to merge a
curable volume model. In the next step the model is
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processed with software for Finite Element Analysis
(FEA) and meshed with solid elements.
The basis for analyzing and generating the FE-mesh is
always a model which represents the geometric and the
structure of the object. The results of the CT scan are
plane images like slices of the object. The virtual system
can be completed by superposition of these sections
caused by rendering capabilities of software systems,
which is for a better understanding of the image. The
decisive factor for the accuracy of the model is the scan
distance between the slices. However, this also means a
high level of effort as the further processing occurs because each layer for the volume creation process has to
be used by the software for calculation.

Figure 5

imaging data. The process involves identifying volumes
of interest and enables segmentation based on the
density. This accelerates the processing and gives a good
basis for further processing including also the inertial
structures and a large range of information about the
properties of an object. With the segmentation of the
identified density regions, it is possible to estimate the
percentage of the regions with the same density compared to the whole volume. This works for knots as well
as for glue lines and for annual rings. The following
Figure 6 shows examples of visualization of a merged
CT scan as a 3D object with various values for the
threshold.

DICOM image and 3D visualisation with high
threshold value as result of processing

For these reasons, slice interspace of 0.6 mm per CT
image was decided. As already mentioned, the CT image
is made of greyscale values resulting from the different
density parameters of the timber structure. The knots
have the highest density values and so are particularly
bright. The surrounding annual ring areas are darker. To
display the timber structure separately, it is not only
done with recording the density parameters to those of
gray levels of the knots. This differentiation is achieved
by the threshold setting. Figure 5 shows the visualisation
of the specimen with a high threshold. The segmentation
of the knots is clearly recognizable. The DICOM standard should be the basis for further models, as much better segmentation results can be achieved compared to the
standard JPEG. Because of the large amount of information, it is time consuming to convert images into
meshes for FE-analysis. The process is mostly accelerated by simplification of the model structure and geometry
or blurring of the properties. With VTK there is the possibility to generate the models faster. It is a mesh generating software that creates volumetric meshes which
enable the data exchange with other software systems.
The mesh-files can be used by usual CAD or FEM software. It is possible to choose between adoption by geometry or by reverse engineering. In that case, the mesh
geometry is transferred to Non-uniform Rational BSplines (NURBS). While a mesh represents a surface as
a series of discrete facets, NURBS are mathematical
representations of curves with enclosed areas. This
makes it possible to change the geometry and continue
the processing. Novel proprietary algorithms and techniques developed by VTK, also make possible fully
automated, robust generation of FE meshes based on 3D

Figure 6

Visualisation of CT scan as 3D-object with diverse
adjustment of threshold to select details of interest

Identifying the annual rings helps to determine the exact
timber direction. The importance is well known due to
the strong correlation of the differing properties to the
direction of grain and annual rings. The width between
the late parts of the annual rings also defines the density
and the moisture dependent behaviour.
The mesh, which is exported from VTK, includes all the
information and can be used to consider the differences
of density in further processing with ANSYS. The diverse volume elements can get the specific properties
according to the density. This enables a much more realistic model not only with anisotropicy but also with
enclosures with their own anisotropic properties. Furthermore, on the basis of the annual rings and knots, the
grain course is estimable and the dependent strength and
stiffness properties are implemented into the model as
adaptive three dimensional mesh. A sophisticated assignment of material properties based on signal strength
allows a general mapping function between grey-scale
and density to be defined. These features are all in addition to the proprietary technology, which ensures high
quality multi-part meshes that conform perfectly at part
interfaces for both STL and volume meshes. Where the
properties vary in a continuous fashion throughout the
structure, the approach can be used to derive a relationship or mapping function between the signal strength and
the material properties which can be extremely useful for
studying a wide range of problems including all kinds of
cellular materials, foams and natural materials such as
wood and bones. A CT scan of in-plane resolution
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0.1 mm and slice-to-slice separation 0.6 mm was resampled.
Additionally, a rapid prototyped model replica with the
exact geometry of the FE mesh topology was generated.
Using ANSYS, material properties were applied. In spite
of their complexity and sophistication, full FE simulations can be carried out on inexpensive and commonly
available hardware platforms. The ease and accuracy
with which models can be generated has opened up a
wide range of previously difficult or intractable problems to numerical analysis of material characterization
of nano-structural composites. The study demonstrated
the potential of the proposed approach for the generation
of FE models based on CT- scans. With data from CTX-ray-wood-scanner for round timber the real properties
of timber can be used to design virtual beams for virtual
tests.

Figure 7

CT-X-ray scan for round timber by HOLTEC [4]

3.3.2
Ultrasonic inspection
For non-destructive testing of material structures, there is
the possibility of the ultrasound inspection. Therefore,
sound waves in the very high frequency and not audible
range are generated by piezoelectric transducers and
transferred by direct contact into the material. The receiver takes the sound waves and the transit time is
measured. The receiver can be installed within the transducer or it can be used as an independent unit next to it
or on the opposite side of the test specimen. The duration
of the sound and possibly a frequency change can be
recorded by device type. Usually in ultrasound exams
the reflected waves are measured so that the transducer
and the receiver are working on the same side. Particularly suitable is the representation in the B-Mode
(brightness modulated), in which the dimension of the
amplitude as a grey value perpendicular to the investigated area is mapped, from this, information on the density within the material can be gained. The ranges of the
frequency to visualise the density of an object’s structure
are dependent on the specific sound forwarding of material and thus most on its dense structure dependent.
(1)
1
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t 
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frequencies with large wavelengths have to be used. This
certainly reduces the possibility of detecting small inclusions such as cracks, voids, insect-galleries and small
knots. To visualise a reflector, i.e. an object with high
density difference, this must be greater than half of the
wavelength. Ultrasound, which seems suitable for wood,
must be in the frequency range f = 50 ... 200 kHz. In the
case of f = 100 kHz, the wavelength is  = 14 mm and
thus the smallest visible reflector is at 7 mm. Holes or
clearly demarcated inclusions can thus be made clearly
visible. In the case of normal ingrown knots, the increase
of density is relatively low and spread over a longer
distance, so the visibility is more difficult. More detailed
investigations on the verifiability of timber were carried
out at the BAM by Hasenstab, Krause and others [3].
They succeeded in visualising the internal structure of
timber. The layered evaluation of the B-mode images
should enable the generation of a three-dimensional
image of the wooden structure. With VTK, the layer
images can be brought together and transformed into a
network structure.
High-frequency ultrasonic measurements can be used in
engineering too for inspecting more dense materials.
This is already in use for testing weld seams and coatings. In timber construction it can be used for the testing
of bond lines. In current research, the quality of the bond
of carbon fibre reinforced plastics (CFRP) surface
mounted to timber was tested with medical ultrasonic.

Figure 8

Specimen of timber with epoxy adhesive and CFRP
lamella

Figure 9

Display of industrial ultra-sonic scan with plane
and vertical plot

(2)

The sonic velocity for timber depends on the type of
wood in the range of c = 3300 mm/s … 4200 mm/s. In
the water and in body tissue it is around c = 1500 mm/s.
Higher frequency methods with f = 1 ... 40 MHz are used
in the medical field, because the objects of study mostly
have a high water content and a good sound-forwarding.
Dry timber, as it is used for construction, is a cellular
material with a high rate of air inclusions. Therefore, low

Therefore, a specimen was prepared with a 1.4 mm
strong CFRP-lamella and an epoxy adhesive with projected fault and dropouts in the bond line. As a result,
these leaks could be seen in the scan and it is a good
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method for testing adhesive joints for reinforcing systems.
For the technical application in the building industry,
there are also ultrasonic devices that work using the
through-transmission-technique. Here the transducer and
receiver are arranged on opposite sides and the direct run
time is measured. These measuring devices should serve
to determine the quality of the timber and help to recognize dropouts by fungi. The variance of results even in
defined specimens exceeded the required signal differences for the material properties. In the case of the own
tests, a through-transmission device was used for the
specimen already described. The position and shape of
the knots are known from the CT scan. The glue joints
work as intermediate reflectors due to their higher density and material crossover. If the signal direction is perpendicular to the joints, they moderate the signal so that
actual differences in density are not observed. Contemporary in the longitudinal direction, the signal is influenced by the reflections on the parallel walls and the
actual fault can not be located reliably. The specimen
was inspected with the signal in both transverse directions as well as in the longitudinal direction and the
results are represented in a diagram of the respective
minimum value as gray-scale. This should record the
higher densities. The test does not show a clear result for
the exact material analysis. Due to the numerous reflectors in the outer surface and glue joints, even larger defects can remain undiscovered with ultrasound examination of large components in the longitudinal direction. In
some bulletins it is recommended that the detectors not
be placed at the end of the beam but at an angle to the
surface. In fact, additional edges reflectors may occur.

There are intricate conditions in all measurement methods by ultrasound due to the large dimensions of the
specimen with high measuring depths and low material
density. The return echo of the edges, the large wavelength, the honeycomb material with relatively diffuse
differences between the densities distort the real measurement. Even when the technology is really simple and
safe to use, it is not seen as a method for use on construction sites soon.

4 NUMERICAL METHODS
4.1 FROM SURFACE TO VOLUME
A three dimensional FEM model can be created with the
aid of the VTK visualisation based on the sonic data. It
maps the outer geometry and includes the internal knots
and defects with its size and directions as a single
meshed volume.
The data set describes a geometrical model with a pointcloud of three dimensional coordinates. Subsequently,
the point-cloud is transferred to a triangular mesh and is
called STL. Every triangle is defined by directional vectors, which offers the possibility of a reconstruction of
volume and further processing.

Figure 12 3D-image of cube shaped specimen as STL-file

Figure 10 Industrial ultra-sonic system for linear testing

Figure 11 Specimen with measurement array and grey scale
plot of lowest value of three direction scan

It enables the interior and the exterior face of the mesh
area to be distinguished and with this, a closed volume to
be defined. Therefore, the surfaces are recombined as
volumes with the aid of NURBS. FE-software as ANSYS ICEM or Space-Claim can do this based on STLfiles.
The included information of areas with higher density
helps to adapt the mesh of the volume model. This is the
basis for modelling a unit board with realistic morphology in order to crow direction and grain curse especially
in areas of knots.

Figure 13 Section of a glulam board with adaptive mesh
resulting on morphology with knots
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The image recognition technique is mostly developed for
medical devices. With marching-cube-algorithm, the
pixel of two pictures which the single layers displays
will be connected as a three dimensional object. This
smallest unit of a 3D-image is called Voxel, and includes
eight corner points and connects two layers.

It is based on the same idea of visualising the internal
structure, especially the position and size of knots to
project the partitioning. Furthermore, the information
can be used to design extraordinary constructions. The
parts of the timber with higher density can be used to
reinforce areas with high load impact, shear force or
perpendicular load.
4.2 SIMULATION OF INTERNAL STRUCTURE
BY FLOW ANALYSIS

Figure 14 Setup for a Voxel with marching-cube-algorithm

Figure 13 shows a section of a board which can be a
lamella for glulam. The surface was imaged and the
model is the result of the combination of the images
from all six surfaces. These gives information on the
course of the grain. Typical pixels with same greyscale
at the opposite sites are connected. These are the pathlines to develop the grain. The knots can also be identified in the orthogonal direction. Hence, they are relatively small and the boards are not larger than 40 mm. The
correlation between both sides will work effectively in
this simple way. The knots mark obstacles in a stream
and affect the course of the grain like in a flow. Further
information on the development of the grain course
based on flow analysis is given in next chapter. More
precise modelling is possible with CT scan. There is
even the same technique for combining a number of
pictures. The pictures are closer together. The greyscale
DICOM images of a defined threshold are used as slices
to be connected. Thus there is much more information on
the internal structure and the Voxel are smaller and more
precise. They can be used directly as volume elements of
the model in FEM. Changing the threshold, the objects
of interest can be selected and explored as volumes.
With a mapping function, a correlation between grey
scale and density can be set. Thus the material properties
can be defined in order of the density for the different
selections. With FEM software the volumes can be combined and set as a complete object of parameters. In the
current investigation, a small glulam beam was inspected
with CT. The pitch for the slices was set to 0.6 mm. As a
result, the remodelling was on high resolution. In the
next step the specimen was cut into little cubes and the
volume and weight were measured. For areas of higher
interest, those are undisturbed areas, compacted annual
rings and knots, the cubes are recorded as 3D-images
and the gross density was determined. This data could be
used for the mapping function. For industrial practice,
knowledge of the density in comparison to the colour
scale can be used to sort the timber automatically with
the help of images. The quality management and effectiveness can be increased in glulam production. Additionally, the modelling can be used to project the surface
images to a round timber log and optimise the partitioning at the saw mill. The Holtec company offers an interesting method with CT-X-ray for round timber [4].

Even if there is no information on the internal structure
of a piece of timber, which is often the case, there is the
possibility to create a realistic model of it. Therefore,
pictures of the surface are needed, which are transformed
as STL. After connecting the images of the surfaces,
further consideration about internal structure can be
carried out. Usually knots are in darker colour and result
a compacted mesh. It enables the identification and further processing. Figure 14 shows the model of enveloping surfaces with connected knot areas which are defined
as boundary areas. For further processing, the board can
be seen as a flow channel and the knots are obstacles
inside. The remaining cross section is reduced in those
areas. In a channel with a flowing fluid, the reduction of
cross section provokes a higher velocity. A conspicuous
correlation between the diagram of the velocity profile
and the course of fibres is visible.
In undisturbed areas an even flowing motion is present.
The speed increases in small cross sectional areas. To
create such a flow behaviour, there must be a laminar
flow analysis with a speed at inlet and a pressure free
definition at outlet as well as frictionless behaviour at the
area boundaries. If the numerical descriptions of this
deviate, it leads to turbulence within the flow and a
wood-like character is lost.

Figure 15 Section of a piece of timber with including knot and
flowing grain orientation

The grain course deviates nearby and annual rings are
closer in areas beside the knots. Even so, the gross density rises directly before the knots as dammed fluid in
front of an obstacle. The density and also the tensile
strength increases behind the knot.
The model uses laminar flow pattern to form a realistic
course of the wood fibres around obstacles. With the
selected points at the end grain on both sides, the direction of the path is defined. Seed points are always sent
through the canal as streamline and a path marking. A
start velocity is defined at the inlet. Between, before,
after, or beneath obstacles, the density rises and the direction and orientation changes. The result is a ‘unit
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board’, including all information on density and grown
like a natural piece of wood. The unit board is been developed by integration of the elements centre-points over
every time step within the flow analysis.

Figure 16 Schematic model of a natural board with cellular
fibres and obstacles (left hand); fibre with oriented
coordinate systems (right hand)

Between two seed points the path works as an axis for
developing the structure of a cell with line integral convolution (LIC). Pipe elements with octahedron or circle
shape describing the grains and they are connected over
contact. The cell volume changes between undisturbed
areas and areas with obstacles. In the structural analysis
the nodes and local coordinate systems will be rotated
into the flow direction in accordance with the orientation
of the streamline generated by the flow analysis.

In the case of rehabilitation, the imaging can help to find
defects or to predict the remaining load capacity. Often
load increase and the need for reinforcement is demanded due to change in usage. The knowledge of the real
properties of the structure helps to estimate the arrangements.
Depending on moisture and gross density, the properties
of wood can be defined as functions for the numerical
elements. As a hygroscopic building material, wood is
able to absorb moisture from the surrounding area. With
the change in humidity, a volume change through swelling and shrinkage is caused. At higher bulk density, the
volume change is, as a result, lower. This is particularly
visible with knots. The change in very narrow annual
rings is almost negligible. Therefore, it seems appropriate here to take into account the influences of the bulk
density as well as the moisture. Besides the usual static
calculations with the conditions for t = 0 und t = ∞, the
effects from swelling and shrinkage can also be evaluated with the help of transient calculations. The liner dependence of the bulk density in relation to strength and
stiffness is supplemented by the non linear effects of the
influences of moisture.

4.3 NUMERICAL APPROACH
The correlation of analysis and measurement in combination with FEM computational procedure can be used
in research and development as well as in several fields
of project planning for new build or rehabilitating constructions. For research the properties of the wooden
specimen can be determined more exactly to find more
precise prognoses of load behaviour. Because of the
large spread of the properties of wood, there is the need
for several Latin hypercube samplings. More information about the material approach itself are given in
[5]. By using a large number of “unit-boards”, it is possible to evaluate the influence of scattering and changing
material properties. With better knowledge of the single
specimen and with the aid of a fitting computer model,
the number of executed tests can be reduced. In fact, the
test safety can be increased significantly by simulating
the spread of material properties and running a variation
of the experiment with computational procedures. Furthermore, there are many applications in practical use
e.g. in planning or on site. With simple scan methods the
density model of an existing girder can be visualised and
the structural analysis can be individualised. This is
interesting for joining areas at large girders or in rehabilitation, particularly. The size of a timber element, especially at advanced structures is often defined by the joint.
To carry a high load, many pencil-shaped metal fasteners
need to be assembled with spacing in accordance to the
wood properties, particularly the density. If the real
properties are known, the distances between them can be
reduced, saving size and material for the whole girder.

Figure 17 Material properties of timber bending strength
(blue), tensile strength (red), compression strength
(green) and modulus of elasticity, dependent on
gross density at a moisture of 15 M% [7]

The influence of the bulk density on the strength properties is clearly visible in Figure 17. Knots themselves
exhibit particularly high bulk densities, as do the areas
around the knots, which thus become particularly pressure resistant. Even under pressure load perpendicular to
the fibre, these fixed areas offer a good reinforcement of
the material. As most characteristic values for the characteristics of the wood were determined at
12 % … 15 %, it is important to take into account the
moisture of the wood for the actual characteristics. The
creep of the material, and the thus possible stress redistributions, are also dependent on density and moisture.
The change in the moisture of the wood not only influences the pure strength properties but also the swelling
and shrinkage of the material. Natural and technical
drying cause residual stress. Through geometric constraints such as clamping or joining, the supplementary
tension can become significant and lead to a failure in
the component without obvious external loads. Figure 18
shows the transient moisture distribution of a beam seg-
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ment. The end grain area is clearly subject to faster
changes in moisture than the sides.
Resulting volume changes due to swelling or shrinkage
can be evaluated through the simulation of a possible
risk of cracking, for example in the area of joining
means.

simulation. More information about the tests at real specimen is given in [6].

Figure 19 Compression test with inserted polymer concrete
column and the simulation with grain curse, suspension and radial support effects

Figure 18 Transient moisture distribution

In the FE model, the changes in moisture can be presented as a thermal function. The coupling between diffusion
as well as thermal and mechanical stresses can take place
in two steps. In a first exploratory calculation, the stains
from diffusion coupled with the FE-element “Solid226”,
for example, are calculated as thermal and mechanical
strain. This initially takes place only with geometric nonlinearity. If stress combinations thus exceed set limits, a
further simulation can be necessary. At the same time,
the additional strains are added as further boundary conditions on the mechanical loads on the FE Element “Solid226”. The further calculation takes place non-linearly
for the material characteristics, which is controlled
though the “usermat interface”. Extended information on
the material approach is explained in [2] and [5]. With
the aid of elasto-plastic continuum deterioration theory,
the real load bearing behaviour can be simulated with
including softening and hardening of the material as well
as the structure instability.

5 APPLICATION AND RESULTS
The procedure for the realistic observation of the woods
used and the integration into the numerical model serves
the purpose of recording the load bearing behaviour for
the special component. Through this it is possible to
record a particularly interesting detail very exactly in the
construction and to predict the sustainability even under
changing environmental conditions.
For the research and development work, the procedures
help to reduce the number of experiments necessary and
to still obtain a high statistical security. The effects,
which result from the influences of the wooden construction, can be clearly understood for the individual test.
With the help of the numerical model, the characteristics
of the wood, part of the knots, imperfections etc can then
be mathematically scattered. The variation of the results
is thus numerically determined while the tests serve the
verification. The relevant influencing variables can be
identified through this and localised. In following figures
the effects are demonstrated with real tests and FEM

Figure 20 Pull-out test with variation annual rings and numerical resulting stress distribution, with Ansys®

In Figure 20 the stress distribution of a simulated pullout test with considered annual ring variation can be
seen. The significantly higher stiffness in tangential
direction incurs higher stress compared to the radial
direction. At the lower left hand side, the estimated
stress distribution with standard mesh and elements is
displayed. With rotated cylindrical coordinates around
the centre the result of the stress distribution differs
significantly as can be seen at the right hand side. An
amplification of those effects occurs if the differences of
radial and tangential properties are taken into account.
Changeovers between the annual ring directions at the
edges of the boards and the bond-lines as well as cracks
or defects result in peaks of stress. These generate first
small cracks and a sudden, but local, reduction of stability. Subsequently, this converts the system again and
new changes of stress distribution occur, cracks and
finally, collapse. With a simple test, the effect but also
the problems for the practical use can be demonstrated.
Figure 21 compares the deformation by compression test
in both timber directions. In the foreground of the picture
the enlargement of compression area by the suspension
effect in radial direction is visible clearly. However, in
the tangential direction, the grain are been cut. In Euro
Code there is the possibility to imply the suspension
effect by enlarging the bearing area for 30 mm at both
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sites in fibre direction to the compression impact. In fact,
in reality nobody knows while planning if the timber will
be built-in in its radial or its tangential direction.

The remaining capacity can be predicted more reliably
by taking the realistic material and environmental situation in practice application into account.

ACKNOWLEDGEMENT

Kindest thanks to the University hospitals in Erfurt and
Jena, Thuringia for the support with Computer tomography and Ultra sonic equipment and the friendly cooperation.

REFERENCES

Figure 21 Compression test in radial (foreground) and tangential (background) direction of the timber
25

radial
tangential

stress [MPa]

20
15
10
5
0

0

100

200
300
strain [%0]

400

500

Figure 22 Load-deformation relation for of timber under
compression in radial or tangential direction

6 CONCLUSIONS
The knowledge of the realistic material properties is
important for safe and economic construction design.
The visualisation and modelling methods help to estimate the density distribution of the wood. Furthermore,
the influence of knots or defects can be taken into account much more specifically compared to the swept
rating with homogenised properties. Knots sometimes
have positive influence on the capacity of wood, for
instance in cases of shear load or compression perpendicular to the grain.
For numerical methods it is essential to describe the
materials precisely. Particularly for material compounds,
it is necessary to find fitting models for the materials
themselves but also for the interaction between the partners while a load is charged or the environmental conditions are changing. With the example of the casted-in
columns, the crack initialised shear failure could be
demonstrated in experiment as well as in simulation. In
order to evaluate the bond between the materials, the
constitutive law has to be known to describe the interaction at the boundary surface.
Suggestions for construction design, especially for joints
and at rehabilitation, become more specific to the material and situation. Experiments or damage symptoms can
be evaluated more efficiently with more impact factors.
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ABSTRACT: This research presents an integral calculation method (ICM) for estimating the fundamental physical and
mechanical properties of softwood. The method is based upon physical measurements on the logs and consists of two
basic calculation phases. In the first phase, the fibre orientation and the corresponding material properties of the wood are
analytically calculated for the entire log. In the second phase, this data is imported into a finite element analysis, which
serves for predicting the physical and mechanical response of either the entire log or the sawn lumber. The method has
been validated against 32 lumber boards in bending which resulted in an absolute numerical error of 10.2% on failure
prediction. In addition, the calculation method performed robustly and fast. It is therefore expected that the method can
contribute not only to lumber grading and research, but to optimize the industrial logging and sawing processes.

KEYWORDS: Wood calculation method, material model, numerical model, physical and mechanical properties, wood
anatomy

1 INTRODUCTION 123
The material modelling of wood at the macro- and mesoscale has been an intense research field during the last
decades and a number of stochastic [e.g. 1-3], and
deterministic models [2-11] have been proposed in order
to estimate the engineering properties of the timber.
Fully stochastic models typically offer poor correlation of
wood properties because of the large number of material
or anatomical variables. Another drawback of pure
statistic models is that they cannot provide an insight into
the underlying physical principles which lead to the
observed engineering properties, and thus it is
complicated to improve our understanding of the wood
material with those methods. On the other hand, pure
deterministic models of wood are often too complex and
its practical application outside of the research realm is in
general unfeasible. Furthermore, the radial or cylindrical
nature of the wood mechanical and physical properties, as
well as the original bearing function of the timber in the
tree is commonly disregarded in deterministic models.
This paper presents a new approach, that we termed
integral calculation method (ICM), for calculating the
physical and mechanical properties of softwood. The ICM
is essentially deterministic, although it is relatively
straightforward to include in the model statistical
elements such as the measured variability of defect free
wood. Unlike to previous lumber models, the presented
ICM has two major novelties:
1 Fraunhofer Wilhelm Klauditz Institut (WKI) – Institute for
Wood Research, Center for Light and EnvironmentallyFriendly Structures (Zeluba), Bienroder Weg 54E, 38104
Braunschweig, pablo.guindos@wki.fraunhofer.de



First, it is not based on modelling lumber pieces, but
on the modelling of the entire log of the softwood.
This aspect drastically facilitates accounting for the
cylindrical nature of the wood, and in general,
considering the real the wood anatomy.



Second, most of the calculations are performed
analytically, and only a final calculation is conducted
with the finite element method (FEM). This means
that the ICM is mostly based on the calculation of
simple algebraic equations, and not on the
approximation of partial differential equations by
numerical methods. Thus, the ICM can offer much
higher calculation speed in comparison to other
deterministic models, which can be seen as a critical
factor prior to any practical application.

This publication presents thus the main aspects of such
proposed ICM. For a more detailed description of the
method, the reader is referred to a recent publication [10].
The ICM can be summarized in two main phases: (i) on
the first phase, most material properties are calculated for
the entire softwood log, (ii) on the second phase, such
analytically calculated properties are used in a FE model
to predict the engineering properties of the lumber. Both
phases are detailed in the following.
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2 PHASE ONE: ANALYTICAL
CALCULATION OF THE LOG
The first phase of the calculation method consists of the
calculation of the properties of the entire softwood log.
Such computation is performed by calculating first the
fiber orientation of the log, as most engineering properties
depend on the fiber orientation. For this calculation to be
performed, it is necessary to define first a suite of model
input parameters involving the main physical features of
the log – see an illustration of the necessary parameters in
the Figure 1.

Figure 1:

algebraic and 2 simple differential equations that can be
solved within a very short time lapse in a normal
computer. The main contents of each of these 6 operations
is in the following presented:
1.

2.

Unwrapping of the conical rings. This operation
mainly consists of transforming the 3D rings
calculated in the previous step to 2D circular planes
by unwrapping the Sc,k surfaces. Note that
unwrapping conical 3D rings results into circular
sectors in 2D, meanwhile unwrapping the truncated
conical surfaces results into portions of a circular
sector, as the one illustrated in Figure 2. Such
unwrapping from 3D to 2D is very useful because
the fiber orientation can much faster be calculated
in 2D. The coordinates of the knots can now for
each surface be defined on a 2D plane.

3.

Conformal mapping. The previous circular sectors,
and corresponding knots are transformed into
rectangular planes (Sr,k) via conformal mapping.
This means that the circular sectors previously
considered (that represented the rings of the tree)
can be transformed into rectangular planes
preserving the local angles using a mapping
function. This transformation is a very useful and
powerful concept because it makes possible to
calculate the fiber orientation in rectangular planes
and this is much easier than in circular planes. The
conformal mapping can straightforward be
calculated by mapping the relative polar
coordinates into relative Cartesian coordinates.

4.

Computation of the fibre orientation. This step
computes the fibre orientation for each of the
rectangular planes of the previous step. There are 3
slopes to compute:

ain mo el input parameters, ase on

Thus, the input parameters that must be defined in the
model include the diameter ( log), length ( log) and tapper
angle (ψ ) of the log, the branch angle (β), the global fiber
orientation angle or spiral grain angle (θ ), and the
diameter ( j) and position of the knots ( log,j and ylog,j).
Note that ψ can simply be obtained out of the difference
of log at the base and top of the log, and β can be
estimated according to the height of the branch in the tree
and the wood species. Furthermore, a measurement of
these modelling inputs can be facilitated by current
industrial equipment such as laser or x-ray technology.
In addition to those input parameters, it is also necessary
to define the resolution of the calculation mesh - the
material properties of the wood are to be computed in a
grid of 3D points, and therefore it is necessary to define
the size or spacing of that mesh. In principle, the ICM can
be applied from meso- (few millimetres) to macro- or
structural scale (several meters) because the mathematical
principles are exactly the same, except that the size of the
mesh is different.
Once the input parameters are defined, 6 operations are
conducted, see an illustration in the Figure 2. These 6
operations are actually the core of the first phase of the
proposed ICM, and involve the computation of about 38

Slicing of the log. First, the volume of the trunk is
sliced into a series of conical surfaces or rings (Sc,k).
The material properties of the wood are to be
calculated only for the points contained on those
surfaces, and interpolated for the remaining
regions. Note that the size of the mesh dictates the
separation in between those rings, and depending
on that size, those rings may represent the material
(coarse mesh), the annual (fine mesh) or the
seasonal (very fine mesh) growth rings of the tree.
Such discretization of the trunk on several rings
seems logical for calculating the wood properties,
as it corresponds to the way the wood tissues grow
in nature. As illustrated in the Figure 2, the internal
rings (juvenile wood) are likely to be conical
surfaces, while the external rings are likely to be
truncated-conical surfaces. The position of the
knots in each of that surfaces can easily be
determined according to their external position
( log,j and ylog,j) and the branch angle (β).
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Figure 2:
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a.

b.

c.

The first one is the tangential angle (θr,k).
This is the angle of the fibers that can be
seen in the external surface of the log. In
the ICM, this angle is calculated by the
well-known theory of the flow-grain
analogy [11]. This theory consists of
calculating the wood fibers as the
trajectory of a laminar fluid. However, in
the ICM a small modification is done to
the original theory. The trajectory is not
directly calculated with a single analytical
equation, but the complex potential
function of the virtual fluid is defined, and
the Milne-Thomson’s circle theorem is
applied instead. This modification is very
advantageous from the computational
point of view, because it permits to
calculate the trajectory of the fluid as a
single step in case of multiple knots, i.e. a
single calculation step suffices for
calculating the tangential fiber orientation
for all the knots of each ring.
The second is the radial angle (ψr,k), also
termed as dive angle. This angle is not
visible before sawing, and consists of the
slope of the fibers in the LR plane. In the
ICM, the ψr,k is calculated by fitting
polynomial equations to experimental
measurements, as it has been done in
previous investigations [6,7]. In this case
it has been found, that for the species
inus syl estris
, the dive angle
distribution approximately matches an
exponential function above the knots, and
a logarithmic function below the knots.
Such polynomial equations are applied for
each point of the rectangular plane
obtained in the previous step. In case that
several knots are influencing to the same
point, two different cases were
established. When the knots are
influencing the dive angle in the same
direction, the dive angle was calculated as
the maximum of the diving angle
generated for each separate knot.
Conversely, when knots are generating
slopes in opposite directions, then the dive
angle was taken as the summation of each
single knot.
The third is the cylindrical angle (φc,k).
Unlike to the previous slopes, this angle
does not define the slope of the fibers, i.e.
the L direction in each point of the log, but
the exact position of the R and T axes.
Such φc,k angle is omitted in most of the
deterministic
models
for
wood.
Considering for this angle in the ICM is
however
straightforward,
because

rectangular planes actually represent the
rings of the log, and therefore the
cylindrical angle can simply be calculated
according to the horizontal relative
coordinate of each point, see step v of
Figure 2.
5.

Reverse confocal mapping. Once the 3 angles (θr,k
ψr,k and φc,k) are calculated for each point of the
rectangular planes (Sr,k), they can be mapped back
to the circular planes (Sc,k) by using the inverse
conformal mapping function defined on the step 3,
which guaranties the preservation of those 3 local
angles. This results on the complex fiber orientation
of the circular surfaces out of the simpler
calculation on the rectangular planes.

6.

Reconstruction. The conical surfaces are wrapped
back into the three-dimensional space, resulting on
the original rings sliced on the step 1 with their
corresponding fibre orientation angles. This means
that the fiber orientation angles are now determined
in the 3D space for each of the rings of the log, see
an illustration of the result on the Figure 3. Once the
angles are defined in the 3D space, they can be used
to define the mechanical and physical properties of
the wood according to continuum mechanics
principles. More specifically, the three angles
defining the orientation of the wood fibers are used
for constructing a Tait-Bryan intrinsic rotation
matrix (Qk), such that:
𝑸𝒌 = 𝑸𝝑,𝒌 ∙ 𝑸𝜽,𝒌 ∙ 𝑸𝝍,𝒌 (Eq. 1)
were
1
𝑸𝝑,𝒌 = (0
0

0
𝐜𝐨𝐬 𝝑𝒄,𝒌
𝐬𝐢𝐧 𝝑𝒄,𝒌

𝑸𝜽,𝒌

𝐜𝐨𝐬 𝜽𝒄,𝒌
0
=(
− 𝐬𝐢𝐧 𝜽𝒄,𝒌

𝑸𝝍,𝒌

𝐜𝐨𝐬 𝝍𝒄,𝒌
= ( 𝐬𝐢𝐧 𝝍𝒄,𝒌
0

0
− 𝐬𝐢𝐧 𝝑𝒄,𝒌 ) (Eq. 2)
𝐜𝐨𝐬 𝝑𝒄,𝒌
0
1
0

𝐬𝐢𝐧 𝜽𝒄,𝒌
0 ) (Eq. 3)
𝐜𝐨𝐬 𝜽𝒄,𝒌

− 𝐬𝐢𝐧 𝝍𝒄,𝒌
𝐜𝐨𝐬 𝝍𝒄,𝒌
0

0
0) (Eq. 4)
1

So that any property depending on the fiber
direction can be calculated for each ring as:
𝑲𝒌 = 𝑸𝒌 𝑻 ∙ 𝑲 ∙ 𝑸𝒌 (Eq. 5)
where

𝑘𝐿
𝑲=(0
0

0
𝑘𝑅
0

0
0 ) (Eq. 6)
𝑘𝑇
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being k , kR, and k are the wood properties in the
, R and directions, respectively - the physical
properties of wood are typically dependent only on

the fiber direction and can be calculated according
to the Eq. 5.

Figure 3: llustration o the i er orientation or a small log o
mm iameter an
mm length containing se eral knots a
tangential angle in egrees
ra ial angle in egrees c orientation o the material a es a ter rotation only hal o the outermost
ring is presente , an the mesh si e is greatly increase in this su - igure to enhance isi ility , ase on
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On the other hand, the properties depending on both
the fiber direction and the material plane, such as
the elastic properties, can be calculated for each
ring as
𝑺𝒌 = 𝑱𝝐,𝒌 ∙ 𝑺 ∙ 𝑱𝝈,𝒌 −𝟏 (Eq. 7)
where S is the compliance matrix

𝑺=

1

−𝜈𝐿𝑅

−𝜈𝐿𝑇

𝐸𝐿
−𝜈𝐿𝑅
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1

𝐸𝐿
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𝐸𝐿
−𝜈𝐿𝑇

𝐸𝑅
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1

𝐸𝐿

𝐸𝑅

𝐸𝑇

0

0

0

0

0

0

( 0

0

0

0

0

0

0
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0

0

0

0

1

0

0

1

0

𝐺𝐿𝑅

0
0

𝐺𝑅𝑇

0

(Eq. 8)

1

𝐺𝐿𝑇 )

and Jϵ,k and Jσ,k are the strain and stiffness
transformation matrices, respectively.
Thus, after conducting the 6 operations described above
according to the simple physical measurements of the log
described in the Figure 1, it is possible to obtain an
approximation of the basic physical Kk and mechanical Sk
properties of the entire softwood log. Note that by
including a randomly normal distributed contribution in
the Eq. 6 and 8 according to the variability of defect-free
wood properties, it would be possible to include the
variability of the clear wood in the ICM. For instance, the
Eq. 6 may be redefined such that
𝑲=(

𝑘𝐿 (𝜇𝐿 , 𝑠𝐿 )
0
0

0
𝑘𝑅 (𝜇𝑅 , 𝑠𝑅 )
0

0
0
) (Eq. 9)
𝑘 𝑇 (𝜇 𝑇 , 𝑠𝑇 )

where each directional property k is now obtained as a
random number of a normal distribution with the
measured average  and variance s .

3 STEP TWO: FINITE ELEMENT
MODEL OF THE WOOD
This step consists of conducting a finite element (FE)
analysis that accounts for exactly the same global
coordinate system of the step 1, so that the material
properties of any wood piece which may be sawn from the
original log can be interpolated from the previous
analytical calculation (see an illustration on the last
operation of Figure 2). In other words, by locating any
lumber piece in the log, it is now possible to use the
previously calculated material properties to conduct a
numerical analysis. This FE computation may serve for
either conducting a detailed physical and mechanical
analysis, or calculating the effective (average) properties
of the wood, e.g. global stiffness, moisture diffusion or
thermal conductivity.

Note however that such FE analysis only involves the
interpolation of the previous analytical properties, the
application of the boundary conditions and the
computation the solution of the problem. Thus, the
robustness and computational speed of this method
increases dramatically in comparison to similar numerical
models for the wood, i.e. FE calculations can be done in a
very few seconds. Also, as the model serves for
calculating the physical or mechanical response of any
piece which might be sawn from the original log, it may
allow not only for modelling the lumber but for
optimizing the logging and the sawing industrial
processes.

4 VALIDATION
The model was validated against the failure load of 32
structural beams of inus syl estris . which were tested
according to the 4-point bending standard procedure of
EN 408. The numerical failure load was predicted with
the Hoffman criterion via mean stress approach resulting
in an absolute error of 10.2%.

CONCLUSION
This research proposes a calculation method for the
numerical modelling and estimation of the physical and
mechanical properties of softwood. The calculation
method has the particularity that it is based on the physical
characteristics of the logs, rather than specific lumber
pieces. This allows for considering the conical and
cylindrical nature of the wood, and therefore the fibre
orientation can be calculated with higher accuracy. An
additional advantage is that it can calculate any lumber
piece which may be sawn from the log. Thus, the model
may be used not only for lumber grading, but for industrial
logging and sawing.
Because most of the calculations are conducted
analytically and only a final simplistic FE analysis is
performed, this approach increases drastically the
computational speed and robustness in comparison to
previous numerical models.
The initial validation with experiments has shown very
promising results. The proposed calculation method is
therefore expected to be useful in multiple applications
yielding to a more efficient utilization of this material in
the future.
There are a number of aspects that still need to be
addressed. The presented model considered one of the
simplest cases, i.e. a straight log with rectilinear pith and
circular section. However, it is obvious that more difficult
geometrical shapes can be found, such as curvilinear pith
or elliptical cross sectional logs. Those aspects should be
addressed in the future by designed more sophisticated
mapping approaches. Note however, that those issues are
very difficult, or rather impossible to consider in most
current numerical models of timber. This investigation is
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thus expected to contribute with a new approach for
modelling the timber, which is not based on the
anatomical modelling of lumber pieces, but on the
modelling of the log itself. Also it is expected to
contribute that many calculations of the fiber orientation
can be performed analytically before numerical methods
such as the finite element method are applied, and this
drastically can increase the efficiency and speed of the
calculations, which may be an essential aspect for the
application of deterministic models of wood in the
practice.
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WOOD CELL ELASTIC MODEL FOR STRESS AND DEFORMATION
ANALYSIS
Takashi Yojo1, Raphael J. B. Pigozzo2, Maria José de A. C. Miranda3, Cassiano O. Souza4,
Sergio Brazolin5

ABSTRACT: This paper presents a three dimensional wood cell model formulated as a multi-layered tube formed by
the compound middle lamella and three layers of the secondary cell wall. Each layer was considered as a composite
material derived from matrix and fiber, by rule of mixtures, where lignin and hemicellulose represent the matrix and the
cellulose microfibrils the fiber. The resulting composite in each layer can be orthotropic or isotropic, when considering
the local axis defined by microfibril orientation, but it can be anisotropic in the global coordinates. A cylindrical
coordinate has been used to obtain the theoretical wood cell model considering compatibility, equilibrium, constitutive
equations and boundary conditions. This model allows calculate the internal force and torque in wood cell, as well as,
the internal stresses in each layer for sound and deteriorated wood by fungi, in order to evaluate the strength of wood
and the safety of structures.

KEYWORDS: Elastic model, Wood cell, Cellulose microfibrils, Compound middle lamella, Secondary cell wall

1 INTRODUCTION 123
The wood structure (macro scale) is an assembly of
many cell elements (meso scale) bonded together and
constrained by the compound middle lamella (CML), a
thin layer rich in lignin and low in cellulose, produced
from the primary cell walls of adjacent cells. In this
context, the wood cell (micro scale) can be considered as
a laminated composite with isotropic material
(compound middle lamella) surrounding three layers of a
orthotropic material (secondary cell wall) [1-4]. All
layers are composed of a matrix (hemicellulose and
lignin) and fibers (cellulose microfibrils).
The objective of this work was to develop a wood cell
elastic model in the micro and meso scale in the scope of
the research project of IPT “Wood Structure” (Figure 1 Phase 1 and 2), which is part of research project for
evaluation of strength of wooden structure.
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Figure 1: Wood Structure Project: diagram showing the
different phases necessary to achieve the model to evaluate the
strength of wooden structure.
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2 WOOD STRUCTURE PROJECT: CELL
CONSIDERATIONS

angle of the S2 layer are direct related to the wood
stiffness.

Although several cell types form the wood structure, the
tracheids in softwood and fiber cells in hardwood are the
most relevant for its mechanical properties. These cell
types have a cylindrical shape, resembling long narrow
tubes.
For building up the model from this work, some
considerations and choices were made, based on the
chemical composition, and micro, meso and macro
structure of the wood.
2.1 Chemical Composition
At the molecular level, the main structural elements in
the cell wall are the cellulose microfibril, which is a
collection covalent-bond string of cellulose molecules
with a crystallite structure. Figure 2 shows the cellulose
molecules from the molecular to the cellular level [1].
Also part of the molecular composition are the
hemicellulose, small, branched molecules and the lignin,
an irregular phenolic and amorphous polymer.
In the present work the cellulose microfibrils were
considered as the fibers and the hemicellulose and lignin
the matrix of the composite.

Figure 3: The wood cell wall of a typical tracheid or fiber cell
illustrating the compound middle lamella (CML) which is
composed by primary wall (P) and middle lamella(M); and the
three layers of the secondary wall: outer (S1); middle (S2); and
inner (S3).

2.2.1 Anatomical structure
For its simplicity, softwood was considered for this
work, which is mostly formed of tracheid cells (Figure
4). Even so, the macrostructure is quite heterogeneous,
presenting rows of tracheid cells with different diameter,
shape and wall thickness. The rays and resin channels
were not accounted for the model.

Figure 4: Section of Pinus strobus softwood showing
transverse (RT), radial (LR) and tangential (LT) views. This
figure illustrates the complexity composition of actual wood
structure (From [5]).
Figure 2: Cellulose molecules from the molecular to the cell
level (From [1]).

2.2 Microstructure
The cell wall layers considered in this model are show in
the Figure 3.
In the compound middle lamella (M), that includes
primary wall (P), is considered as isotropic material.
In the inner and outer layer of the secondary wall (S1 and
S3) the microfibrils are almost perpendicular to the cell
long axis whereas in the S2 is the thickest layer and
microfibrils are almost parallel to this axis (Figure 3).
The S2 is also responsible for most part of the elastic
stiffness. Therefore, slight variations on the microfibril

2.3 Damage of wood
Additionally in a future study, the damage from decay at
cell wall level [6,7] will be introduced in order to model
the rupture mechanism of wood.
2.4 Biodeterioration
The damage from decay at cell wall level will be
orientated, then was treated as an isotropic
material.introduced to model the rupture mechanism of
sound and biodeteriorated wood by fungi, where
different geometric patterns of degradation of secondary
wall occur, as presented in [8-10].
Therefore, the strength of deteriorated wood can be
studied considering the rupture mechanism inside the
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secondary wall of tracheid and fiber cells. The
interaction of microfibril and matrix in transmitting the
internal forces by shear in the matrix in each layer with
presence of voids caused by biodeterioration can be
considered in future work, as shown in Figure 5 [8].
The strength at the micro level scale must be modelled in
order to find a relationship with geometric distribution of
deterioration inside the secondary walls of wood cell [5,
6]. For instance, at least 14 type of soft rot decay was
detected in Pinus radiata [8] and for each one it will be
possible to establish the mechanism of rupture for the
matrix and fiber composite.

Table 2: Elastic constants for microfibrillar cellulose I (from
[2,3])
Elastic
constant
E1f

(10-3)

246.4

Elastic
constant
v12f

E2f

25.2

v21f

3.44

E 3f

16.4

v23f

-0.0921

G23f

2.58

v32f

-0.141

G12f

0.240

v13f

41.0

G31f

0.173

v31f

2.74

(GPa)

33.6

Table 3: Elastic constants for the matrix
Assumption

Em(GPa)

Gm(GPa)

vm

High stiffness

7.0

2.7

0.30

Average stiffness

1.8

0.7

0.30

High compliance

0.2

0.08

0.30

Table 4 presents the possible variation of cell wall layer
area, microfibril angle and modulus of elasticity of
earlywood and latewood fibers of Sugi [4].
Table 4: Elastic constants for the matrix
Property
Figure 5: Pattern of attack in middle lamella, and secondary
wall S1, S2 and S3 of wood cell (From [8]).

2.5 Wood cell composition and Elastic constants
According to [2] the CML (M+P) is composed of 10,1%
of framework and 89,9% of matrix and for secondary
wall (S1, S2 and S3) the proportion is 53,1% to 46,9%,
respectively.
For cellulose microfibril, theoretical elastic constants
values [2], as shown in Table 1 can be considered for the
model. The elastics constants for microfibrillar cellulose
I can be defined, as presented in Table 2 [3].
Table 1: Elastic constants for for crystalline native cellulose
(from [2])
Elastic
constant

Meaning

(GPa)

GFLT

Modulus of elasticity in polymer
chain direction
Modulus of elasticity normal to
chain, average for two planes
Shear modulus of rigidity,
average for two planes

vFLT

Poisson’s ratio of contraction

0,10

vFTL

Poisson’s ratio of contraction

0,011

EFL
EFTf

132,7
27,17
4,406

The matrix can be considered isotropic with modulus of
elasticity of 2,0 GPa, Poisson’s ratio of 0,30 and shear
modulus of rigidity estimated as 0,76 GPa. The elastic
constants can be considered as shown in Table 3 [3].

M+P

S1

S2

S3

Earlywood
Area (%)

9,2

10,8

75,3

3,7

Angle (degree)

-

71

14

84

Modulus of elasticity
(GPa).

2,0

3,41

24,06

3,19

Latewood
Area (%)

6,2

7,8

84

2

Angle (degree)

-

79

6

87

Modulus of elasticity
(GPa).

2,0

3,24

36,83

3,17

3 ELASTIC MODEL DEVELOPMENT:
EQUATIONS IN CYLINDRICAL
COORDINATES
In modelling structures mechanic, all basic requirements
as definition of strain and stress, equilibrium, boundary
and continuity conditions, compatibility and constitutive
equations were taken into account.
The model was developed based on fibrous composite
mechanics [11] as a cylindrical coordinates, with the axis
x, ϴ and r (global coordinates system), where x
correspond to the longest wood cell axis, ϴ the rotation
on the x-axis and R the radial axis (Figure 6). The
general displacement field can be written by: axial,
u(x,ϴ,r); tangential, v(x,ϴ,r); and radial, w(x,ϴ,r).

u  u(x, , r)
v  v(x, , r)

(1)
(2)
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w  w(x, , r)

(3)

On this system, the secondary cell wall layers (S1, S2 and
S3) have microfibrils angle α, determinate by the x axis
of global coordinates.
In the axisymmetric conditions the displacements are
independent of the ϴ and the radial displacement w is
independent of axial coordinate x. Therefore, the
equations of displacements are:
(4)
u  u ( x, r )
(5)
v v(x, r)
w w( r)
(6)

u
r
v
 x 
x

(17)

 xr 

(18)

3.2 Compatibility
The three equations of compatibility in the axisymetrical
conditions are:
d 2 x
0
(19)
dr 2
d x
(20)
0
rdr
1 d 1 d
r  x   0
(21)

2 dr  r dr

3.3 Constitutive equations
The linear relation between stress and deformation can
be expressed in tensor or matrix form. In tensor form, the
constitutive equations [11-13] are:

 ij  Cijkl kl

(22)

Where  ij is tensor of stress of second order;

C ijkl is tensor of stiffness of fourth order;
 kl is tensor of deformation of second order.
Figure 6: Cylindrical coordinate system used to model multilayered wood cell wall

3.1 General and axisymmetric strains
The general strain equations are:
u
x 
x
1  v

    w 
r  

w
r 
r
1  w
v 
vr 
 r  
r  
r 
u w
 xr  
r x
 x 

v 1 u

x r 

In matrix formulation the constitutive equations are the
following:
(23)

i  Cij j

In this case, the stiffness matrix in local 1 – 2 – 3
coordinates is considered orthotropic, as below.
(7)
(8)
(9)

C11

 C  




C12
C22

C13
C23
C33

Sim .

0
0
0
C44

0
0
0
0
C55

0 
0 
0 
1
 S
0 
0 
C66 




(24)

(10
(11)

Where the components of stiffness matrix is given by:
-1

(25)

-1

(26)

-1

(27)

C  (1 -   )[Ε E S]
11
23 32 2 3

(12)

Under axisymmetric conditions the strain equations
become:
u
(13)
x 
x
w
(14)
 
r
w
(15)
r 
r
v v
(16)
 r  
r r

C
C

22
33

 (1 -   )[Ε E S]
13 13 1 3
 (1 - 

 )[Ε E S]
13 12 1 2

-1

(28)

-1

(29)

-1

(30)

C  (     )[Ε E S]
12
21
23 31 2 3
C  (     )[Ε E S]
13
13
12 23 2 1
C

C

23

44

 (

32

G
12



 )[Ε E S]
31 12 1 3

C

55

G

23

C

66

G

31

(31)
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S  [1 -   -   -   - 2   ](E Ε E )
12 21 23 32 13 31
21 32 31 1 2 3

-1

(32)

The compliance matrix for orthotropic material is given
by:
 S11



S   





S
S
0
12 13
S
S
0
22 23
S
0
33
S
44
Sim .

0
0
0
0
S
55

0 
0 

0 
0 

0 
S 
66 



13
12
E
E
2
3
1  23
E
E
2
3

32 1
E
E
3
2
0
0

0

0

0

0

0

0
0

0

0

1
G
12
0

0

0

0

1
G
23
0




(33)

Based on engineering constants, the coefficients of
compliance matrix are:
 1
 E
  1
 E21
 1
  31
 S    E1
 0


 0

 0


G




0 

0 


0


0 

1 
G
31 



31

12



V
 f



m
 
 
1 1
 
 


 G
m


G
 31f

(40)



V  V
12f f
m m

(41)



V  V
23f f
m m

(42)



V  V
31f f
m m

(43)

23
31

G



Where
(44)

V  V 1
f
m

3.3.2 Meso scale – wood cell layer

0

(34)

As mention above, the angle α of each secondary cell
wall layer is determinate as the microfibrils angle in
relation to the cell axis (x-axis). Therefore the stiffness
matrix in each layer can be monoclinical, except when
the angle is 0 or 90 degrees. The transformed stiffness
matrix from local axis (1, 2 and 3) to the global axis is
given by:

CT 
1

1

CT2 

(45)

Where
3.3.1 Micro scale – components of cell wall layer
In each layer of the secondary cell wall the microfibrils
have different orientation (S1, S2 and S3). In local
coordinates (for each layer) the axis 1 is defined as the
direction of microfibril and axes 2 and 3 are orthogonal
to it, Figure 6. The elastic stiffness of the layer is
evaluated using rule of mixtures, where the microfibril
represents the fiber and the lignin and hemicellulose the
matrix. The resultant elastic stiffness is an orthotropic
material.
Ε Ε V Ε V
1
1f f
m m

E

2



E 
3

G

G

12

23

E


V
 f










E
E












E
E

 
 
1 1

 
 

m
2f

E


V
 f



m

m

m
3f

 
 
1 1
 
 

m


 G
m


G
 12f

G


V
 f



(36)



0
0
1
0
0
0

0
0
0
m
n
0

0
2mn 

0 2mn 

0
0

0
n

0
m

0 ( m2 n2 )

n2
m2
0
0
0
2mn

0
0
1
0
0
0

0
0
0
m
n
0

n2
m2
0
0
0
mn

 m2
 2
 n
 0
T 
2
 0
 0
2mn

 

0
mn 

0
mn 

0
0

0
n

m
0

0 ( m2n2 )

Where

 
 
1 1

 
 

m


 G
m


G
 23f

 
 
1 1
 
 

(37)

(46)

And

(47)

(48)
(49)

m cos 

G


V
 f



(35)

 m2
 2
n
 0
T 
1
 0
 0
mn

n sin 

The transformed stiffness matrix is given by:
(38)

(39)

 C11

C12
C
C   13
 0
 0

C
 16

C
C
0
0 C 
12 13
16

C
C
0
0 C 
22 23
26
C
C
0
0 C 
23 33
36 
C
0
0 C
0 
44 45
C
0 
0
0 C
45 55

C
C
0
0 C 
26 36
66 

Where each component is given as following:

(50)
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C11  m4C11  2m2 n 2 (C12  2C66 )  n 4C22

(51)

C12  m2 n 2 (C11  C22  4C66 )  (n 4  m4 )C12

(52)

C13  m2 C13  n 2 C23

(53)

2

2

C16  mn[m (C11  C12  2C66 )  n (C12  C22  2C66 )] (54)

C22  n 4C11  2m2n 2 (C12  2C66 )  m4C22
2

(55)

2

C23  n C13  m C23

(56)

C26  mn[n (C11 C12  2C66 )  m (C12 C22  2C66 )]

(57)

C33  C33

(58)

2

2

C36  mn(C13  C23 )
2

(59)

2

C44  m C44  n C55

(60)

C45  mn(C55  C44 )

(61)

C55  n 2 C44  m2 C55

(62)

C66  m2 n 2 (C11  2C12  C22 )  (n 2  m2 ) 2 C66 (63)
in

  x   C11
  
    C12
  r   C13
 
  r   0
  xr   0
  
 x   C16

C16    x   x T 


C26        T 
C36    r   r T 


0    r 
0    xr 


C66    x   x T 

C12
C22
C23
0
0
C26

C13
C23
C33
0
0
C36

0
0
0
C44
C45
0

0
0
0
C45
C55
0

terms

of

stiffness

S12
S22
S23
0
0
S26

S13
S23
S33
0
0
S36

0
0
0
S44
S45
0

0
0
0
S45
S55
0

S16    x 
 
S26    
S36   r 
 
0   r 
0    xr 
 
S66   x 

(64)

in

d r  r  

0
dr
r
dr 2r

0
dr
r
d xr  xr

0
dr
r

the

(65)

The displacement equations in the axisymmetric
conditions are given by:
E
 S55 F ln r
r
E
v( x, r )   0 xr  S44  S45F
2r

u ( x, r )   x0 x  S45

w( r )  A1r   A2 r     0 r   0 r 2  rH
x

(71)
(72)
(73)

Where
C 22



(74)

C33

(75)

 C26  2C36 

 4C  C 
 33 22 

(76)





 C C 
 33 22 

(77)

 

  Ci 3 Ci 2 

(78)

i

Under stress boundary conditions, considering internal
and external surface, the resulting following equations
are
r ( R E )   p I
 r ( RE ) 0

(79)
(80)

 xr ( RE ) 0

(81)

These conditions result in:
E  0,

(82)

F 0

The displacement equations with E=F=0, result in
simplified equations:

axisymmetric
(66)
(67)
(68)

The integration of (38) and (39) gives

E
 r  2
r

3.5 Simplified displacements

H is the variation in moisture content.

3.4 Equilibrium equations
The equilibrium equations
conditions are given by:

(70)

 

The constitutive equation in terms of compliance
coefficients is given by:

  x   x T   S11

T  
      S12
    T   S13
 r r 
  r   0
 
 0
xr

 
T
  x   x   S16

F
r

 C C 
   12 13 
 C33C22 

3.3.3 Cylindrical coordinates
The constitutive equation
coefficients is given by:

 xr 

u ( x, r )   x0 x

(83)

v(x, r)   0 xr

(84)

w( r )  A1r   A2 r     0 r   0 r 2  rH
x

3.6 Simplified strains
Under stress boundary conditions the strain equations
are:

w
  A1r  1  A2 r  1   0  2 0 r   H
x
r
w
 A1r  1  A2 r  1   0   0 r   H
 
x
r

r 
(69)

(85)





(86)
(87)
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x 

u 0

x x

(88)

1  w
E
1
E
v 
 v  r    0 x  S44 2  S45 F   0 x  S44 2
r  
2r
r
2r
r 
1
E
  r  S44 2  S45 F  0
(89)
r
r
1
u w
E
 xr    S45 2  S55 F  0
(90)
r x
r
r

r  

 x 

v 1 u 0

 r
x r 

u ( k ) ( x, r )   x0 x

(102)

v( k ) (x, r)   0 xr

(103)

w ( k ) ( r )  A ( k ) r   A ( k ) r     ( k )  0 r   ( k )  0 r 2   ( k ) rH
1

(104)
The strain displacement equations are:

(92)

C   C   0
r
44 r
45 xr

r

(k )



 2

 x  C16  C26  C36  x C66  C26  2C36  r
0







(k )





 x  C11  C13  C12   x C12  2C13   C16  r
0

0



 C12  C13   Ci1 i H  C12  C13 A1r  1



 x( k )  
(95)

 C12 C13 A2 r   1

  C12  C22  C23  x0  C22  2C23   C26  0 r





 C22  C23   Ci 2 i H  C22  C23 A1r
 C22  C23 A2r

 1

(96)





 C23  C33   Ci3 i H  C23  C33 A1r  1
 C23 C33 A2r 1

(97)

The Normal stress bounding conditions are:
(98)

 r ( R I )  p I

(99)

 r ( R E )  p E

Substituting these equations for internal and external
radial stresses we have.

  





 p r  C13  C23  C33   x0  C23  2C33   C36  0 R I



 C23  C33   Ci3 i H  C23  C33 A1 RI





 C23  C33 A 2 R I





i3

33

i

  1

23

33

2

E

23

33

1

(107)
(108)

Condensing the constitutive equation in each layer
results in the following:

  x  C11
    C12
    C
 r  C13
 x   16

C12
C 22

C13
C 23

C 23

C 33

C 26

C 36

H

C16   x   x
H

C 26      

C 36      H
 r r H
C 66  
 x   x








(109)

In each layer (k) the stress is given by:
x





 





0
 C  C  C   0x  C  C  2C   r
16
26 36
66
26
36

C 26  C36   Ci6 i H  C 26  C36 A1r  1
 1
 C  C A r
(110)
26
36 2



x  C11  C13  C12  x0  C12  2C13   C16  0 r



 C12 C13 A2r

 1

(111)

  C12  C22  C23  x0  C22  2C23   C26  0 r

 p E  C13  C23  C33   x0  C23  2C33   C36  0 R E
23

0
x



(100)

  


 C  C   C  H  C  C A R
 C  C A R

(106)

H

 C12  C13   Ci1 i H  C12  C13 A1r  1

 1

  1

(k )

 x( k )   0 r



For external surface



(105)

H

3.11 Stresses for layer (k)

For internal surface



(k )

3.10 Constitutive equations for layer (k)

 1

r  C13  C23  C33  x0  C23  2C33   C36  0 r



 r

(k ) 0
(k ) 0
( k )  1
( k )   1
 A
r
A
r

   r
x
1
2

(94)

 C26 C36 A2 r   1



(k ) 0

0

 C26  C36   Ci 6 i H  C26  C36 A1r  1





( k )  1
( k ) ( k )  1
(k ) 0
A1
r
r

 A2

 x

(93)

 xr C45 r C55 xr 0



x

3.9 Strains for layer (k)

The stresses in wood cell are given by:



2

(91)

3.7 Stresses


3.8 Displacements for layer (k)
The displacement equations in the axisymmetric
conditions for each layer (k) are given by:

 1
E

(101)


 C



 C22  C23   Ci 2 i H  C22  C23 A1r  1
22

C23 A2r

 1

(112)
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discontinuity of wood cells along their longitudinal axis,
the stiffness shall be modified with a factor which adds
another unknown.

r  C13  C23  C33  x0  C23  2C33   C36  0 r


 C



 C23  C33   Ci 3 i H  C23  C33 A1r  1
23

C33 A2r

 1

3.13 Torque

(113)

The Torque is calculated by integrating the stress acting
in cross section perpendicular to the axis of fiber
multiplied by distance r.

3.12 Axial force
The axial force is calculated by integrating the stress
acting in cross section perpendicular to the axis of fiber
is:

RE

T   x rdS

Fx   x dS

(114)

3.13.1 Layer

RI

The torque is given by:

3.12.1 Layer

RE

RI

RE

The resulting equation is:

(115)

Fx   2 x rdr
RI

T  2

The resulting equation is given by

 



R
   C12 C13  Ci1iH  E



C11  C13 C12   0x 



2

 RI
3



2



0 R R I   C12  C13 
 C16  C12 2 C13    E

A R   1R I   1
   1  1 E

3





3
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 C  C13   1
A1  R E
R I 1 
  12



 1 









(116)

The wood cell axial force is given by summing all the
layers:
N

Rk

Fx   2 x rdr  2  2 ( kx ) rdr

(117)

k 1 R
k 1

RI





Fx  2

k  1
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66  26
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 C 26  C36     2   2 
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 C  C  
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(121)

The wood cell torque is obtained by summing all the
layers:
RE






C  C    C  

H 



i1 i 
13 
 12




N

Rk

T   2x r 2 dr  2  2 (xk) r 2 dr

(122)

k 1 R
k I

RI

Which, after substituting the shear stress it results in:

Which after substituting the axial stress it results in:
N

 

3.13.2 Wood cell

3.12.2 Wood cell

RE

(120)

T   2 x r 2 dr

The axial force result is given by:

Fx  2

(119)

RI

RE

T  2





k  1

N





  0 
 C   C  C     
36   x

  16  26
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36 
i6 i 
 26



 R 4 R 4 
 R E 3 R I 3 
0

 3   C 66   C 26  2 C36      E I 
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 C 26  C36  ( k )    2   2 


   2 A1  R E  R I




*

R 2 R 2
 E I   C   C  2 C 
*
 3  16  12 13 









 C12  C13  ( k )    1   1 

A1  R E  R I 


  1 



 C  C
 12
13

   1






 ( k )    1
  1 

R
A 2  R E


I





0

 R 3 R 3 
 E I 
 3 





(118)

3.12.3 Wood
The wood behaviour can be simulated imposing shear
deformation equal to zero. Additionally, due to the

 C  C
 26
36

   2




 ( k )     2
  2 

R
A 2  R E


I





(123)

3.13.3 Wood
The wood behaviour can be simulated imposing shear
deformation equal to zero. The same remark presented in
axial force is valid.
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3.14 Boundary conditions
The boundary conditions are similar to simple layer and
they are applied to first and last layers.
( k 1 )

 pr





  



(1)











 C23  C33 A 2 R I
( k 3 )







 r




 C



23



 C33 A 2 R E

  1



(125)
r

(2)

( k 1 )

 w( I )

The development of equation (120) results in:

(126)

 r

(3)

( 2) 
( 2)  
( 2) 0
( 2) 0 2
( 2)
r  A
r

 r  r 
rH 
x
2

(126b)



( 3) 
( 3)  
( 3) 0
( 3) 0 2
( 3)
r  A
r
 
r   r 
rH 
x
2

(4) 
( 4 ) 
(4) 0
(4) 0 2
(4)
A
r  A
r

 r
 r 
rH
x
1
2

(126c)
The development in the stress in the boundary between
adjacent layers is:
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The stress and displacement should be same in the
boundary between two adjacent layers.
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3.15 Traction and displacement continuity
requirements
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3.16 Equations for unknowns
The total number of unknowns in the laminated wood
cell composed by four layers is 2N+2=10, (4 x A1(k), 4 x
A2(k),  x0 , and  ).
0

3.16.1 Wood cell
These unknowns can be evaluated by using equations
(118), (123), (124), (125), (126a, 126b, 126c) and (127a,
127b, 127c).

4 IMPLEMENTATION
The development of equation (121) results in:

The solution of unknowns can be done using following
steps.
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Step 1
Calculate the all resultants of elastic stiffness using
equations (55) to (63).
Substitute these resultants in equation (45) to (52).
Step 2
Transform the stiffness matrix using equation (65) to
(83). These calculations must be done for four layers of
wood cell (M+P, S1, S2 and S3).
Step 3
Calculate the constants relating to 10 unknowns (4 x
A1(k), 4 x A2(k),  x0 , and  ), using equations (112),
0

(117), (118), (119), (120a, 120b, 120c), (121a, 121b,
121c) and (109) to (115).
Find the system of 10 equations and 10 unknowns and
solve these equations in order to find the 10 unknowns.
Step 4
Calculate the stress in each layer using equations (104)
to (107).
Calculate the strains in each layer using equations (99) to
(102).
4.1 Wood cell
Find the average stress in wood cell wall, which results
from the division of (117) by net area of wood cell wall.
The modulus of elasticity of wood cell can be
determined by dividing this stress by longitudinal strain
obtained from (107).

5 CONCLUSIONS
The wood cell model allows calculate the stress and
deformations inside the secondary cell wall as well as at
cell level and between cells, in this case it represents the
wood behavior at macroscopic level.
Since the axisymmetric condition is found, it is possible
to use the equations obtained in this study, therefore they
could be applied to damage parts to calculate the stresses
and strains. This is the first step to evaluate the strength
of sound and biodeteriorated wood.
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DESIGN OF GLULAM STRUCTURE IN THE CONCERT HALL
RENOVATION OF THE EXISTENT CONCRETE BUILDING
Bunji Izumi, Takumi Kurokawa1, Yukio Koori1, Toshihiko Kouno1, Hajime
Aoyagi1, Tatsuya Hatori1, Taro Nakamoto1, Tomohiko Yamanashi1
ABSTRACT: This article reports a concert hall renovation employing glulam and steel rod structure isolated from the
existent reinforced concrete building. By employing the computational design method, effective design process which
integrates architectural, structural, and acoustic design has been fulfilled.

KEYWORDS: Glulam, Computational design, Parametric study, Concert hall, Renovation

1 INTRODUCTION 1 23
Music Hall No.6 is located in the campus of Tokyo
University of the Arts. The building containing the hall
inside is made of reinforced concrete. The former hall
(Figure 1) before renovation had won distinction for its
rich acoustic effects, while there were quite a few issues
including insufficient sound insulation performances.

The solution to resolve the issue includes timber
structure, computational design, parametric studies, and
structurally independent structure inside the existent
building, which result in the final form as shown in
Figure 2.

Figure 2: Renovated hall (© Gankosha, Harunori Noda)
Figure 1: Former hall

2 CONCEPT

Therefore the renovation work included not only the
interior refurbishment but also the structural isolation
from the rest of the building so that the sound and
vibration generated in the hall would not be transmitted
through the concrete structure, or concerts being
interrupted by sound from the surrounding practice
rooms.

As described in Chapter 1, structurally independent
structure for the music hall was concepted, which was
named as “Box-In-Box” structure. However, the existent
reinforce structure does not have the structural capacity
to install heavy independent structure inside the existent
building. Therefore, timber structure was chosen to
reduce the loads to the existent building.

1

Nikken Sekkei, Ltd.

2-18-3 Iidabashi, Chiyodaku 102-8117 Tokyo Japan
Email: izumi.bunji@nikken.jp

Figure 3 shows the foundation to support the timber
frame. Limited number of anti-vibration rubbers were
installed to minimize the points of contact to the existent
frame in a way not to convey vibration from / to the
inside of the timber hall.
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Figure 3: Independent structure employing anti-vibration
rubbers

Figure 4 and Figure 5 shows the detail at the existent
concrete wall against the newly installed timber frame.
At the edge of the newly installed timber frame, rubber
shock absorbers were installed so that in case of a big
earthquake, they will reduce the shock of collapse.

Figure 5: Transverse section detail

The decision in design was taken at the early stage of the
design phase that the new hall should have no ceiling in
conventional ways.
The reason for it comes from the acoustic field. It was
requested that the new hall should maintain the acoustic
characteristics of the old hall, and they are much
dependent on the air volume. But box-in-box concept by
nature reduces the air volume as the height and width
would be reduced because of the double allocation of the
structural elements and because of the newly installed
additional sound insulation materials.
The solution for this was to alter the ceiling location.
Figure 6 (upper figure) shows the longitudinal section of
the old hall, and Figure 6 (lower figure) shows the
section of the new hall.

Figure 4: Structurally independent timber hall structure near
existent concrete wall element

Figure 6: Longitudinal sections of the old hall (upper ) and
new hall (lower)
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With the new hall, The position of the ceiling was
altered from the lower edges of stud (conventional) to
the upper part of the stud elements between the timber
primary beams, and as a consequence, the stud elements
are exposed to the interior (Figure 7).

Figure 7: Lighting fixture on the edges of the stud elements(©
Gankosha, Harunori Noda)

Figure 7: Exposed stud elements to the interior(© Gankosha,
Harunori Noda)

The exposed stud elements, whose function was to
support the ceiling from behind the ceiling in
conventional ceiling system, come to act multifunctionally.
First of all, exposed timber studs will unnegligibly
influence the acoustic characteristics of the hall, as the
sound will reflect at or be absorbed by the stud elements.
Apparently, now the studs becomes an important
element of the interior, as they are exposed to the interior
and they are dominating one whole surface of the
interior. Therefore they are needed to be carefully
designed.

As discussed, studs in this project work multidisciplinary and they are not only the architectural
elements, but also structural ones and acoustic ones. The
design process needs to be so flexible that will allow a
number of design back and forth operations among
architects and engineers. Therefore as introduced in the
next Chapter, as a platform of the design process, a 3DCAD system “Rhinoceros” and its visual programming
interface plugin “Grasshopper” were employed.

3 COMPUTATIONAL DESIGN
3.1 PLATFORM OF COMPUTATIONAL DESIGN
As the platform of the 3D models, Rhinoceros and
Grasshopper were selected (Figure 8). Rhinoceros is a
multi-purpose 3D CAD software with the powerful
visual
programming
language
plug-in
called
“Grasshopper”.

These studs, together with a number of steel rods
contribute as the primary structural elements. The effect
of this truss-like structure was considered in the
structural analysis and it contributes to reduce the
deflection of the primary glulam beam.
The four big sound reflectors are hanged from the studs,
and the studs hold those panels. These are the reflectors
which have been carefully adjusted so that the new hall
has the similar acoustic effect.
And lastly, all the lighting fixtures (LED) of the new hall
are placed at the lower edges of the studs (Figure 7).

Figure 8: Rhinoceros 3D (left) and its Grasshopper Plug-in
(right)

Grasshopper was a powerful tool when it comes to
parametric studies and algorithmic design. Figure 9
shows a primitive set of components in the Grasshopper
to show how it works.
In the center of the figure is the “Line” Component
which draws the line. The left half of the component is
designated for the input data, and the right half for the
output. In this case the input data for the line component
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are the start point and end point, and output data is the
line. By repeating wiring the components, describing all
the necessary data for the 3d model of the hall was
possible as shown in Figure 10.

Figure 9: Grasshopper Component example

Figure 11: Reflected ceiling plan with the locations of the stud
elements

Figure 10: Grasshopper data describing all the 3D
information of this project

3.2 PARAMETRIC STUDY EXAMPLE DISTRIBUTION OF STUD ELEMENTS
As presented in Chapter 2, stud element employed in this
project plays important roles multidisciplinary as
followings:
-

Figure 12: Inhomogeneous stud distribution in the
transverse section of the hall
The distribution was easily achieved by employing a
simple rule. As shown in Figure 13, a basic sine curve
was adopted. The position of each stud is defined by the
same distance as the sine value of the n-th stud from the
center.

Stud as acoustic element. Stud works as acoustic
diffuser.
Stud as structural element. Stud, working together
with steel rods help reduce the deflection of the
primary glulam beam above.
Stud as holder of lighting fixtures and sound
reflecting panels.
Stud as architectural interior element.

Amongst these roles, the dominant requirement here is
the one from acoustic engineer (Stud as acoustic
element). It was suggested from the acoustic engineer
that the distribution of the studs should not be
homogeneous. It is because homogeneously distributed
studs affect sound with only specific frequencies and the
acoustic characteristics would be distorted.
Figure 11 is the reflected ceiling plan of the new hall.
The number of dots distributed all across the space
represents the position of the stud elements. It is
observed that the distribution of the stud elements are
not homogeneous. It is distributed dense if they are close
to the wall. In the center of the transverse section, the
distribution becomes sparser (Figure 12).

Figure 13: Sine curve employed for the distribution of
the studs
After determining the rule to distribute the studs,
parametric study needed to be employed. From the
architect’s point of view, the number of the studs will
influence the appearance, while the engineers need to
know how much will be the cost (which is quite
proportional to the nodes count, Figure 13-B), what will
be the acoustic characteristics, and to which extent the
truss shape will contribute to reduce the deflection of the
primary beams.
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For an instance, the number of the studs in the transverse
section was repeatedly studied. The number could be
easily changed by altering the number figure in the
grasshopper (Figure 14) and the 3D model will be
immediately updated according to the input value.
The updated model will be then imported to 3D
Rendering Software (3dsMax + Vray) to check the visual
impact of each case. Figure 15 shows an example of
such a study.

Figure 13-B: Stud elements in closer look (© Gankosha,
Harunori Noda)

In order to figure out these questions, parametric studies
took place, by using Rhinoceros + Grasshopper. It is so
programmed in the Grasshopper that will allow the
parametric studies could take place as shown in Figure
14.

Figure 15: Cases in the parametric studies with a
sparse distribution (upper) and dense distribution
(lower) of the studs

Figure 14:
Grasshopper

Major parameters of the project in
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Figure 16: parametric studies of the number of studs

Such back and forth studies took place for a while as
shown in Figure 16, and now engineers need to receive
the possible cases. The structural engineers are in need
of the structural analysis model. The problem of this
project is the distribution of the studs is not
homogeneous but according to the sine curve, inputting
the coordinates of the structural nodes would be tedious
work if it is done manually. Therefore the elements
needed for the structural analysis (Figure 17) was
modeled in the grasshopper from the very beginning.

Figure 17: Structural analysis model pre-input in the
Grasshopper
The structural analysis software employed in this
specific project is called “Midas”, which allows the
CSV-like text input. Grasshopper allows extending the
function by Python scripting, the model exporting
feature with section dimensions, material properties,
boundary conditions, etc. has been developed during the
design phase.
Figure 18-1 and -2 show the example of the data
conversion from Grasshopper to Midas.

Figure 18-1: models in architectural cad software and in
structural analysis software

Figure 18-2: models in architectural cad software and in
structural analysis software

The design phase of this project was in 2012-2013, and
this was the first project in the firm directly transferred
the model data from Grasshopper to structural analysis
software. At that time as described previously, the
exporting model data to structural analysis software is
script based. Now in 2016, this workflow becomes more
popular than the days of this project, and we have
developed our own components which have this feature
so that the engineers in need of this feature could use
more easily. Figure 19 to 21 show the example of the
structural analyses.
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Figure 19: Structural analysis example in the analysis
program (displacement against the vertical
loads)

Figure 22: Global acoustic simulation of the interior of the
hall employing sound ray method

Figure 20: Combined stress in case of vertical loads

Figure 23: Acoustic simulation of the influences of the studs to
the sound of different frequencies

As a consequence of a number of simulations from
different engineering field, the number of the studs was
determined.

4 CONCLUSIONS

Figure 21: Combined stress in case of vertical loads with
horizontal seismic loads

The models were shared with the acoustic engineers.
Acoustic engineers conduct the simulations of the global
(Figure 22) and local simulations (Figure 23)

Music Hall No.6 was successfully renovated integrating
architectural concepts with engineering solutions by
employing and sharing digital tools among architects and
engineers. In Nikken Sekkei, we have a department
called DDL (Digital Design Lab.) since 2011, in which
architects and engineers hold positions. In this project as
well a digital designer participated who was responsible
for maintaining the 3D models for the architects and
engineers.
The authors believes complex geometries cannot be
realized without sharing and transferring geometrical
data among the architects and engineers from different
reals.
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Figure 20: Renovated hall (© Gankosha, Harunori Noda)

Figure 20: Renovated hall (© Gankosha, Harunori Noda)

Figure 20: Stud elements, looking up view (© Gankosha,
Harunori Noda)
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A 3D CUTTING METHOD FOR INTEGRAL 1DOF MULTIPLE-TAB-ANDSLOT JOINTS FOR TIMBER PLATES, USING 5-AXIS CNC CUTTING
TECHNOLOGY
Christopher Robeller1, Yves Weinand2
ABSTRACT: Integral Mechanical Attachment (IMA) uses features in the form of components for their connection. In
addition to the transfer of forces, locator features are used as integral assembly guides. Prismatic, single-degree-offreedom (1DOF) joints only allow for a single assembly motion and therefore a simple, rapid and precise assembly. In
modern timber construction, such CNC-fabricated 1DOF joints are commonly used in frame structures. Recent research
is investigating the application of similar techniques for the joining of timber plate components, inspired by traditional
handcrafted joints from cabinetmaking. The method presented in this paper builds upon previous research, allowing for
new geometric variations such as non-orthogonal 1DOF plate joints and a simplified cutting process using a 5-axis
simultaneous cutting technique. In addition to the use of milling tools, the method is compatible with 5-axis laser
cutting and 5-axis waterjet cutting. Advantages and disadvantages of the different methods are being discussed.
KEYWORDS: Timber plate joints, 5-axis CNC fabrication, Dovetail joints, 5-axis laser cutting, 5-axis waterjet cutting

1 INTRODUCTION AND STATE-OFTHE-ART 123
Integral Mechanical Attachment (IMA) is known as the
oldest method of joining. It uses features in the form of
parts for the connection, instead of additional fasteners
or adhesives. Connector Features are used to transfer
forces, and Locator Features are used for a rapid and
precise assembly. [1]
IMA used to be common in traditional timber
construction, but was widely replaced by mass produced
mechanical connectors during the industrialization. A
Renaissance of IMA has begun with the introduction of
numerical controlled machine technology. With the
proliferation of automatic joinery machines, IMA was
repatriated to timber frame structures, bringing back
joints such as mortise and tenons. These joints are socalled prismatic, or 1DOF-joints, where the form of the
joint constrains relative movements between the parts to
a single remaining motion path. In addition to the
mechanical features, such 1DOF joints are used as
guides for a simple, rapid and precise assembly. Other
joints with multiple DOF, such as 3DOF finger joints are
the subject of related research. [5]
For plate-shaped wood components, 1DOF integral
connectors such as dovetails have been used in
traditional cabinetmaking rather than carpentry. Instead
of single tabs and slots, plate joints are using multiple
1
2
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Yves Weinand, EPFL, yves.weinand@epfl.ch

tabs and slots (MTSJ). These joints were used for the
joining of solid wood boards, for furniture such as
cabinets or drawers and their use was limited to plate
edges which are oriented perpendicular to the wood
fibers (Figure 1, bottom right). Analog to the use of
CNC-fabricated 1DOF joints in timber frame structures,
recent research is investigating the application of 1DOFMTSJ for the assembly of cross-laminated timber plates.
Due to the quasi-orthotropic behavior of cross-laminated
panels, joints can be applied to both sides of the plates.
Figure 2 shows how this allows for various new
applications, such as box girders or hollow wall or roof
elements.

Figure 1: 1DOF-MTSJ, top left: CNC fabricated on crosslaminated wood veneer plate, bottom right: Handcrafted on
solid wood
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In 2010, the application of 3-axis CNC cut dovetail
joints on plywood, for the production of furniture has
been examined by Simek and Sebera [2]. A first
application of dovetail-jointed CLT panels in an
experimental building structure was demonstrated in the
Curved Folded Wood Pavilion in CH-Mendrisio in 2013,
where the joints were combined with adhesive bonding.
[3]. A self-interlocking folded-plate structure, made of
1DOF-MTSJ jointed laminated veneer lumber (LVL)
plates, without adhesive bonding, has been examined by
Robeller et al. in 2014 [4], followed by a study of the
semi-rigid behavior of 1DOF-MTSJ on LVL composite
box girders (Fig. 2) by Roche et al. in 2015 [6], and the
examination of the rotational stiffness of 1DOF-MTSJ
on LVL by Roche et al. in 2015 [7].

Figure 2: Application of 1DOF-MTSJ connectors for the
construction of LVL composite beams.[6]

1.1 PREVIOUS 2D CUTTING METHOD USING 3AXIS SIDE-CUTTING AND SPOT-FACING
State-of-the-art methods for the CNC fabrication of
dovetail joints [2] use CNC routers with three
translational axes. Figure 3 illustrates this method, where
the tail part of the joint is using side-cutting, with the
milling tool positioned normal to the plate surface, while
the pin part is cut using spot-facing, with the tool
positioned normal to the side face of the plate.

flatbed routers. Furthermore the method requires the reclamping of parts where multiple edges are to be jointed
and it allows only for the joining of plates at a dihedral
angle of 90°:
• Vertical clamping: The vertical clamping
(YZ-plane in figure 3) of parts is time
consuming and it is more difficult to properly
clamp the cantilevering work pieces, avoiding
vibrations which reduce the cut quality and feed
rates. The vertical space (z-axis height) of CNC
flatbed routers is limited for plate cutting; larger
parts cannot be fixed vertically.
•

Re-clamping: When applying joints to multiple
edges on one plate, the part must be released,
rotated and fixed again. This requires a new
referencing of the work piece and causes
imprecision. This problem may be solved with
an additional rotational table, synchronized with
the machine [2], however it only works well
with circular or quadratic shaped plates, and a
sufficient clamping is difficult to achieve.

•

Dihedral Angle φ: Traditional dovetail joints
were used for the joining of plates where the
dihedral angle is 𝜑𝜑 = 90°, such as the drawer in
figure 1. Recent research projects have
demonstrated the use of 1DOF MTSJ with nonorthogonal dihedral angles [3][4][7][8]. This is
not possible with the previous method.

2 3D SIDE-CUTTING METHOD USING
5-AXIS MILLING TECHNOLOGY
The cutting method presented in this paper takes
advantage of 5-axis flatbed CNC routers (Figure 4),
which are already used by many larger wood processing
companies. Figure 5 shows that in addition to the usual
three translational axes X, Y and Z, 5-axis enabled
machines are equipped with two additional, cardan
rotational axes (here A and B), which allow to orient the
tool along directions 𝑛𝑛𝑠𝑠𝑠𝑠𝑠𝑠𝑡𝑡 which are not perpendicular to
the machining table (XY-plane). With such rotations of
the tool, we can fabricate integral 1DOF MTSJ joints,
while the work piece is simply clamped on the
machining table.

Figure 3: Fabrication of dovetail joints with 3-axis CNC
technology, limited to orthogonal joints between plates.

This method allows for the cutting of the typically 1020° inclined faces on the pin part with a 3-axis machine,
but it also results in several constraints, such as the
vertical clamping of the pin-part, which is difficult with

Figure 4: 5-axis CNC router with automatic tool changer
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Figure 5: 5-axis CNC router schematic with axis notations

Figure 7: vertical shift of the tool center point during inclined
cutting, positive for regular cuts and negative for undercuts.

The maximal tool inclination 𝛽𝛽𝑚𝑚𝑎𝑎𝑥𝑥 that can be achieve
with our method depends on the plate thickness 𝑜𝑜𝑝𝑝𝑡𝑡𝑎𝑎𝑠𝑠𝑒𝑒 ,
the geometry of the cutting tool (cutting length,
protrusion) and the geometry of the tool holder and
spindle, as shown in figure 6. Larger inclinations can be
achieved with longer cutters and tool extensions, but the
feed velocity 𝑉𝑉𝐹𝐹 needs to be reduced accordingly. In our
experiments, we have cut with cutter inclinations of up
to 𝛽𝛽𝑚𝑚𝑎𝑎𝑥𝑥 = 60°.

The manual programing of 5-axis CNC cutting with
standard computer aided manufacturing software (CAM)
is not adequate for the fabrication of MTSJ. The manual
programing of hundreds or thousands of tabs and slots
with various 3D rotations and custom details would be
too time consuming. We have therefore developed a
custom algorithm for the generation of the G-Code
(ISO6983) machining instructions, which are sent to the
CNC router.

The right side of figure 6 shows how the minimum and
maximum possible dihedral angle 𝜑𝜑𝑚𝑚𝑖𝑖𝑛𝑛 and 𝜑𝜑𝑚𝑚𝑎𝑎𝑥𝑥 result
from the maximum tool inclination 𝛽𝛽𝑚𝑚𝑎𝑎𝑥𝑥 . With an
inclination of 𝛽𝛽𝑚𝑚𝑎𝑎𝑥𝑥 = 50° , we can fabricate dovetail
joints for folds with dihedral angles ranging from
𝜑𝜑𝑚𝑚𝑖𝑖𝑛𝑛 = 40° to 𝜑𝜑𝑚𝑚𝑖𝑖𝑛𝑛 = 140°.

Figure 6: relationship between maximum tool inclination and
minimum / maximum producible, variable joint angles.

Polytonally shaped plates with multiple 1DOF MTSJ
joined edges can have both positively and negatively
inclined joints on the same work piece. We want to
fabricate these parts without re-clamping or reversing of
work pieces in order to achieve precisely fitting joints.
Figure 7 shows a cross-section schematic drawing of the
tool position on a positive (regular) and negative
(undercut) inclination. The tool center point 𝑝𝑝𝑇𝑇𝐶𝐶𝑃𝑃 lies
above the flatbed router XY-plane for regular cuts, and
below it for undercuts. This is taken into account for the
maximum possible inclination𝛽𝛽𝑚𝑚𝑎𝑎𝑥𝑥 , which we adjust
accordingly.

2.1 CUTTING OF CONCAVE CORNERS
The fabrication of MTSJ requires the cutting of
polygonal shapes, for which we use tungsten steel shanktype cutters with a diameter 𝐷𝐷 of 10-20mm. The
polygons include various concave corners or slots (cutouts within parts). In contrast to convex corners, such
sharp, concave corners cannot be cut with a shank-type
cutter, as its radius will remain as a fillet. We solve this
problem through additional notches (sometimes referred
to “Mickey Mouse Ears”), as illustr ated in figure 8.

Figure 8: FSS made from LVL using open-slot MTSJ [2]

The figure shows a schematic tool path offset around a
polygon 𝐿𝐿, at a distance equal to the milling tool
Diameter 𝐷𝐷. Notches must be added at the concave
corners 𝐿𝐿5 and 𝐿𝐿6 . Such notches are required for the
assembly of the MTSJ; also they reduce the notch
stresses compared to sharp corners. However, the
notches also reduce the important contact surfaces of the
joints. We therefore minimize the size of the notches
through the use of tangential circles, see figure 9, option
c. Also our algorithm will cut the notches in a final pass,
using a smaller diameter tool than for the nesting and
cutting of the joints.
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The tool center point must pass through this point, in the
direction 𝑛𝑛𝑠𝑠𝑠𝑠𝑠𝑠𝑡𝑡𝑝𝑝𝑎𝑎𝑠𝑠ℎ . The start and end points of the tool
path, which both lie on this line, are found through the
intersection of the line with two bisecting planes. The
planes are bisecting between the plane of the current
joint face, and the neighboring ones before and after.
The figure 10b shows how the tool center point transits
on these planes, between the tool path lines of joint faces
with different, three-dimensional inclinations.

Figure 9: Different types of notches possible with the sidecutting method with cylindrical milling tools. Depending on the
type of notch, different contacts of the joint are reduced in size.
Our 3D method uses tangential bisector notches (c.), similar to
[2], adapted to the aligned 3D cutting process.

Figure 9 illustrates how different types of notches reduce
the contact surfaces (a) of the joints in size. We have
chosen the tangential bisector notch (9c) to minimize this
problem. Generally, the ratio between notch size and
plate thickness decreases with thicker plates. Let the
ratio between cutter diameter and cutter length
(protrusion) be 1:7.5, and we require a protrusion of
90mm to achieve a 3D tool inclination of 𝛽𝛽 = 50°, the
cutter diameter must be 𝐷𝐷 = 12𝑚𝑚𝑚𝑚. In consequence the
notch radii, and therefore the loss of contact surfaces is
critical for thin plates (such as in the fabrication of scale
models with plate thicknesses of 8-15mm) but greatly
reduced for thicker plates (21-39mm) in building
construction applications.
2.2 AUTOMATIC TOOL PATH GENEARTION
For the 3D cutting, we define the shape of plates through
pairs of polygons, as shown in figure 10a. There is a
lower polyline 𝐿𝐿𝑛𝑛 and a top polyline 𝑇𝑇𝑛𝑛 in every pair,
each consisting of a list of points. The 3D geometry of
the part is described through a loft surface between these
pairs of polylines. A plate with cut-outs (e.g. slots)
within the outer contour is described through additional
pairs of polylines for each cut-out, where the orientation
is clockwise, while outside contours are oriented counter
clockwise. Figure 10a shows a pair of polylines,
describing the pin part of a dovetail-type MTSJ, with a
single slot. As explained in figure 7, the tool center point
must be offset three-dimensionally, in contrast to a 2D
offset, as shown in the schematic figure 8. We therefore
process the pair of polygons in segments, where each
segment (representing a joint face) is described by 2
points on the lower polygon 𝐿𝐿𝑖𝑖 , 𝐿𝐿𝑖𝑖+1 and 2 points on the
top polygon 𝑇𝑇𝑖𝑖 , 𝑇𝑇𝑖𝑖+1 . The line, on which the tool center
point 𝑝𝑝𝑇𝑇𝐶𝐶𝑃𝑃 of a cylindrical tool with the radius 𝑟𝑟𝑠𝑠𝑠𝑠𝑠𝑠𝑡𝑡 will
translate, is defined through a point 𝑝𝑝𝑠𝑠𝑓𝑓𝑓𝑓𝑠𝑠𝑒𝑒𝑠𝑠 , which is
offset from 𝐿𝐿𝑖𝑖 along the vector 𝑛𝑛𝑖𝑖 , which is the cross
�
− 𝐿𝐿𝚤𝚤
product of
𝑛𝑛𝑝𝑝𝑎𝑎𝑠𝑠ℎ = 𝐿𝐿𝚤𝚤+1
and 𝑛𝑛𝑠𝑠𝑠𝑠𝑠𝑠𝑡𝑡 =
𝑇𝑇𝚤𝚤�
− 𝐿𝐿𝚤𝚤 , multiplied by the tool radius 𝑟𝑟𝑠𝑠𝑠𝑠𝑠𝑠𝑡𝑡 = 𝐷𝐷/2.
𝑝𝑝𝑠𝑠𝑓𝑓𝑓𝑓𝑠𝑠𝑒𝑒𝑠𝑠 = 𝐿𝐿𝑖𝑖 + (𝑛𝑛𝑝𝑝𝑎𝑎𝑠𝑠ℎ × 𝑛𝑛𝑠𝑠𝑠𝑠𝑠𝑠𝑡𝑡 ) ∗ 𝑟𝑟𝑠𝑠𝑠𝑠𝑠𝑠𝑡𝑡
Figure 10: new 5-axis milling algorithm using 3D offset
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On concave corners, which can be identified through a
negative cross product 𝑛𝑛𝑖𝑖 × 𝑛𝑛𝑖𝑖+1 , we add a tangential
notch, as described in section 5.1. In 3D, we find the
center axis of this cylinder (shown as a blue line in
figure 10b) defined through the point 𝑝𝑝𝑛𝑛𝑠𝑠𝑠𝑠𝑐𝑐ℎ𝑎𝑎𝑥𝑥𝑖𝑖𝑠𝑠 = 𝐿𝐿𝑖𝑖 +
((𝑛𝑛𝑖𝑖 × 𝑛𝑛𝑖𝑖+1 )/2) ∗ 𝑟𝑟𝑠𝑠𝑠𝑠𝑠𝑠𝑡𝑡 and the vector 𝑛𝑛𝑠𝑠𝑠𝑠𝑠𝑠𝑡𝑡 at this point.
Figure 10c shows the simultaneous translation and
rotation of the tool, in segments where the tool
orientation 𝑛𝑛𝑠𝑠𝑟𝑟𝑖𝑖𝑒𝑒𝑛𝑛𝑠𝑠 at the start point of the segment is
different from the one at the end point of the segment.
A pseudo-code algorithm for the generation of such a 3D
tool path is given in Figure 11:

Figure 12: Automatic G-Code Generator CAD Plugin. Left:
input / cutting parameters, middle: separate components
(functions) for predrilling (clamping) and 1DOF MTSJ sidecutting, right: live G-Code display with comments.

Figure 11: Pseudo-Code Algorithm for 3D cutting

2.3 IMPLEMENTATION IN 3D CAD
We have implemented the previously described
automatic G-Code generator algorithm as a plug-in for a
visual programing environment in a commonly used 3D
CAD system. Figure 12 shows that the plug-in consists
of individual components for functions such as 3d
cutting or drilling, which we have used for fixation holes
for the clamping of parts. Input parameters include a
hatch-selected and automatically sorted and processed
list of closed polyline pairs defining the polygonal plate
contours, as described in section 3.2., as well as
adjustable values for the tool radius, security and retreat
planes, the number of vertical passes and separate tool
feed rates for horizontal and vertical movements. The
automatic cutting of tangential notches in the final pass
can be activated and de-activated. On the right, output
values side, the figure shows that we instantly obtain the
G-Code file, including various automatically generated
comments, which are skipped by the CNC control
system, but allow for simplified reading and checking of
CNC files. Changes in the input parameters will appear
directly in the G-Code display.
A third algorithm, visible on the output parameter side in
figure 12, is used for the real-time visualization of the
tool paths in the CAD software. Figures 14 and 15 show
the display the tool paths, and how the motions of the
machine can be simulated to check for collisions with
the tool, tool holder or spindle.

Figure 13: Detailed view of 1DOF MTSJ side- cutting function
inputs top to bottom, 1. Curves: hatch-selected list of closed
polyline plate contours, which will be automatically sorted into
pairs. 2. Zret: retreat plane, 3. Zsec: security plane, 4. Header:
Editable G-Code header, 4. Tool radius, 5. Number of infeeds,
6. Horizontal feed rate, 7. Vertical feed rate, 8. Notches on last
infeed on/off, 9. Rotational axis letters

Figure 14: Display of tool paths and tool orientation for 3D
cutting of 1DOF MTSJ in the CAD software [5]
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This enables the efficient design and fabrication of selfsupporting thin shell structures, where the structurally
beneficial global shape of the structures is achieved
through incremental changes in the shape of the
individual plates. In addition to the load-bearing
performance of the 1DOF MTSJ joints through integral
connector features, the integral assembly guides in the
form of locator features are essential for the rapid and
precise assembly of freeform structures.

Figure 15: Integrated Machine Simulation to check for
collision points (Tool path display in this figure is without tool
length offset G-Code function G49). [4]

2.4 FABRICATION OF FREEFORM SPACE
STRUCTURE PROTOTYPES
While the LVL composite box girder in Figure 2 shows
the application of the 1DOF-MTSJ for a simple
orthogonal plate assembly, the methods allows
producing non-orthogonal joints for the fabrication of
freeform space structures such as single-layered Folded
Surface Structures [4] (Figure 14), curved-folded surface
structures [3], double-layered Folded Surface Structures
[8] (Figure 15) or segmented Curved Shell Structures [9]
(Figure 16). The figures show both photos of the final
prototype structures and schematic drawings of the
plates, which are defined through polygon pairs, as
explained in section 3.2.

Figure 15: Double-layer Miura-Ori Folded Surface Structure
made from LVL using closed-slot MTSJ, 2015 [8]

Figure 14: Single-layer Antiprismatic Folded Surface
Structure made from LVL using open-slot MTSJ, 2014 [4]

These experimental structure prototypes combine the
generally advantageous properties of wood, such as its
sustainability and favorable weight-to-strength-ratio,
with the particular easy machining of the material with
the dimensional stability and quasi-orthotropic behavior
of cross-laminated veneer lumber, and the widely
available 5-axis enabled CNC technology in the wood
processing industry, which allows for the efficient
production of large series of individually shaped parts.

Figure 16: Double-layer segmented curved shell structure
made from LVL using closed-slot MTSJ, 2016 [9]

2.5 DRAWBACKS OF CNC MILLING
The fabrication of integral 1DOF MTSJ requires the
cutting of polygonal contours with concave corners and
slots. Such cuts are not possible with saw blades.
Instead, cylindrical shank-type cutters must be used,
which results in multiple drawbacks, such as the need for
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notches and increased waste and emissions such as dust.
The dust contains particles from both wood and the
adhesives used for the lamination of the veneer layers.
On 3D cutting systems, such as the 5-axis machine for
our tests, the extraction of the dust is particularly
problematic due to the large motion space of the cutting
spindle. The motion space is extended even more
through long cutting tools, which are required for the
cutting with a large tool inclination 𝛽𝛽, in order to avoid
collisions between parts of the machine and the
workpiece.
Another challenge is presented by the clamping of work
pieces on the table of the flatbed CNC routers. The
milling with shank type cutters creates vibrations, which
are influenced by the machine feed rate, tool geometry
and the clamping of the work piece, requiring
compromises. Standard cutting tools are typically
designed for perpendicular, not inclined cutting, and
nesting cutters also create traction forces normal to the
plate for the dust extraction, requiring rigid clamping of
the work piece. Rigid clamping is particularly
challenging in large batches of individually shaped
plates such as in the prototype structure examples
[3][4][8][9].
𝑉𝑉𝑐𝑐 =

𝐷𝐷 ∗ 𝜋𝜋 ∗ 𝑛𝑛 𝑚𝑚−1
60 ∗ 1000 𝑜𝑜

𝑜𝑜𝑧𝑧 =

𝑉𝑉𝑓𝑓 ∗ 1000
𝑚𝑚𝑚𝑚
𝑛𝑛 ∗ 𝑧𝑧

𝑉𝑉𝐹𝐹 =

𝑜𝑜𝑧𝑧 ∗ 𝑛𝑛 ∗ 𝑧𝑧
𝑚𝑚/𝑚𝑚𝑚𝑚𝑛𝑛
1000

From the above equations, we see that a high tool
rotational speed 𝑛𝑛 𝑚𝑚−1 is required to achieve a sufficient
cutting speed 𝑉𝑉𝐶𝐶 . It results from this that also a high
machine feed rate 𝑉𝑉𝐹𝐹 is required, but these required feed
rates cannot be realised with standard cutting equipment
and tools, due to the polygonal shape of the plates with
MTSJ. In consequence, cutting too slowly, cut quality is
reduced while tool wear and emissions are increased. We
have cut our parts with a feed rate 𝑉𝑉𝐹𝐹 = 6 m/min and
multiple vertical passes (infeeds). The cutting parameters
are provided in table 1:
𝑜𝑜𝑝𝑝𝑡𝑡𝑎𝑎𝑠𝑠𝑒𝑒 (mm)
𝑤𝑤𝑐𝑐𝑐𝑐𝑠𝑠
𝑛𝑛𝑖𝑖𝑛𝑛𝑓𝑓𝑒𝑒𝑒𝑒𝑑𝑑
𝑽𝑽𝑭𝑭,𝑬𝑬𝑭𝑭𝑭𝑭 (m/min)

21
12
2
3

In state of the art literature, the laser beam for
woodworking purposes such as separating parts is
considered as a possibility, but infeasible due to a lack of
efficiency, caused by its excessive energy use [10].
However for our application, the cutting of polygonal 3D
contours with concave corners, the laser system provides
advantages. The cut width of the laser system is only 0.6
mm, which allows for the cutting of LVL plates with a
thickness of up to 39 mm. In contrast to the milling
system, this low cut width is greatly reducing waste and
cut offs, and the previously introduced notches on
concave corners are not required (see Figure 19).

27
12
3
2

39
20/10
4
1.5

Figure 17: 5-axis Laser Cutting System

The system peak power consumption of the 5-axis
milling system used for our tests was 19.5 kW; the one
of the 5-axis laser system used for our tests was 96 kW.
The high power consumption on the laser system is
largely due to its external cooling system. However, the
cutting of up to 39mm LVL with the laser system was
performed at 𝑉𝑉𝐹𝐹,𝐸𝐸𝐹𝐹𝐹𝐹 = 11 m/min in one pass. With the
milling system, we have cut 21mm LVL with 𝑉𝑉𝐹𝐹 =
5 m/min in two passes, resulting in an effective feed
rate of 𝑉𝑉𝐹𝐹,𝐸𝐸𝐹𝐹𝐹𝐹 = 1.5 m/min. The comparison shows that
the laser system allowed for precise 3D cuts at a feed
rate which was more than four times faster than the one
on the 5-axis CNC milling system.

Table 1: Effective cutting speed using 3D milling

3 ALTERNATIVE 3D CUTTING
TECHNOLOGY 1: 5-AXIS LASER
CUTTING
The 3D side cutting method that we have used with the
5-axis enabled CNC milling machine is compatible with
our 5-axis enabled flatbed cutting systems, which we
have investigated as alternative cutting technologies. The
first alternative cutting technology which can be used
with the method and algorithm are 5-axis laser cutting
systems, such as the one illustrated in Figure 4, which is
commonly used in the automotive industry.

Figure 18: 5-axis 6kW CO2 laser system setup for LVL cutting
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Table 1 shows that on a milling system, the number of
vertical passes 𝑛𝑛𝑖𝑖𝑛𝑛𝑓𝑓𝑒𝑒𝑒𝑒𝑑𝑑 increases with an increasing
thickness 𝑜𝑜𝑝𝑝𝑙𝑙𝑙𝑙𝑜𝑜𝑒𝑒 of the LVL plates. Therefore the
effective feed rate 𝑉𝑉𝐹𝐹,𝐸𝐸𝐹𝐹𝐹𝐹 is reduced. Table 2 shows our
tests using a 3D laser cutting system, where cutting is
always performed in one infeed. We have cut spruce
LVL plates of up to 39mm with a feed rate of 𝑉𝑉𝐹𝐹 =
11 m/min.
𝑜𝑜𝑝𝑝𝑡𝑡𝑎𝑎𝑠𝑠𝑒𝑒 (mm)
𝑤𝑤𝑐𝑐𝑐𝑐𝑠𝑠
𝑛𝑛𝑖𝑖𝑛𝑛𝑓𝑓𝑒𝑒𝑒𝑒𝑑𝑑
𝑽𝑽𝑭𝑭,𝑬𝑬𝑭𝑭𝑭𝑭 (m/min)

21
0.6
1
11

27
0.6
1
11

39
0.6
1
11

Table 2: Effective cutting speed using 5-axis laser cutting

While the effective feed rate is greatly improved with the
laser system, the system peak power consumption for
our two testing systems is 19.5kW for the milling and
96kW for the laser system. The 4.9 times higher energy
consumption of the laser system is balanced by the 3.67.5 times faster effective machine feed velocity we
observed in our test cuts with 21-39mm cross-laminated
spruce LVL plates. On the 5-axis laser-system, cut
quality was independent from the cut inclination 𝛽𝛽,
which was tested up to 𝛽𝛽𝑚𝑚𝑎𝑎𝑥𝑥 = 45°.

Figure 19: 5-axis 30° inclined laser cut of a convex (left) and
concave (right) corner on 13-layer 39mm spruce LVL plates.

With its cut width of 0.6mm, a major advantage of the
laser system is presented by its ability to cut sharp
concave corners (or with very small radii), allowing for
cutting MTSJ without notches or “Mickey Mouse ears”.
(Figure 19). As previously discussed this is particularly
relevant for the cutting of thin plate thicknesses, where
the notches would be relatively large and reduce the
contact surfaces considerably.
3.1 Drawbacks of 5-axis Laser Cutting
Two major drawbacks of the laser cutting system are the
burning or charring of the cut edges (Figure 19) due to
the high temperature cutting process, which is mainly a
visual, aesthetic problem, as well as the burnt odor of the
final work pieces. Hazardous emissions are presented by
the fumes generated during the laser cutting, as well as
the laser light. Provided a class 4 visible-light,
continuous-wave laser system, which was used for our
tests, even scattered light can cause eye or skin damage.
Therefore, a complete enclosure of the machine is
required. For the hazardous fumes, extraction and
filtering systems are used. For the cutting of LVL, the
fume emissions are higher than for the laser cutting of

metals. Particularly powerful extraction systems and
measures for fire protection are required for such
applications.

4 ALTERNATIVE 3D-CUTTING
TECHNOLOGY 2: 5-AXIS ABRASIVE
WATERJET CUTTING
The second alternative cutting technology compatible
with the previously presented side-cutting method are
abrasive waterjet cutting machines that are equipped
with an additional tilt axis (see figure 20). We have
performed our tests with a system where the tilt axis can
be rotated up to a maximum of 𝛽𝛽𝑚𝑚𝑎𝑎𝑥𝑥 = 59°, which
allows for the fabrication of non-orthogonal 1DOF
MTSJ with a dihedral angle ranging from 𝜑𝜑𝑚𝑚𝑖𝑖𝑛𝑛 = 41°
to 𝜑𝜑𝑚𝑚𝑖𝑖𝑛𝑛 = 139°.

Figure 20: Abrasive waterjet cutting system equipped with an
additional tilt-axis

The cut width of our water jet cutting test setup was
0.6mm, for spruce and beech LVL plates with a
thickness of up to 39mm, which is identical to the 5-axis
laser cutting system (Table 3). The same applies for the
number of vertical passes, only a single cut is needed to
separate the pieces. With the values provided in table 3,
high edge quality was achieved, as shown in figure 21.
Similar to the laser system, the cutting speed is not
greatly affected by the thickness of the plates.
𝑜𝑜𝑝𝑝𝑡𝑡𝑎𝑎𝑠𝑠𝑒𝑒 (mm)
𝑤𝑤𝑐𝑐𝑐𝑐𝑠𝑠
𝑛𝑛𝑖𝑖𝑛𝑛𝑓𝑓𝑒𝑒𝑒𝑒𝑑𝑑
𝑽𝑽𝑭𝑭,𝑬𝑬𝑭𝑭𝑭𝑭 (m/min)

21
0.6
1
2

39
0.6
1
1.5

Table 3: Effective feed rates using 5-axis waterjet cutting

Identical to the laser cutting system, the low cut width of
0.6mm allows for the cutting of concave corners without
or with very small additional notches. As explained in
section 3.5, this is particularly important for thin plate
thicknesses. Similar to the laser cutting system, the
clamping of workpieces is simple. Only small clamps
(figure 18) or even only weights (figure 20) provide for
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sufficient clamping. There are no hazardous emissions
such as dust and fumes, only noise protection is required.

Figure 21: 15mm thick plates for a CSS [7] scale prototype,
cut with a 5-axis equipped abrasive waterjet cutting system.
Due to the cut width of only 0.6mm, no notches are needed.

𝑘𝑘𝑊𝑊𝑚𝑚𝑎𝑎𝑥𝑥
𝑉𝑉𝐹𝐹,𝐸𝐸𝐹𝐹𝐹𝐹

Milling(1)
19.5
1.5

Laser(2)
96
11

Waterjet (3)
22
1.5

Table 4: Peak power consumption and effective feed rates for
the cutting of 1DOF MTSJ with our side-cutting method and
our systems used for testing: 1. Maka mm7s, 2. Trumpf
TruLaserCell 7040/TruFlow6000, and 3. OMAX 5555/30HP.

4.1 Drawbacks of 5-axis Abrasive Waterjet Cutting
Waterjet cutting is performed with the work pieces over
water basin. The work pieces are either completely
submerged (10mm under the water surface), or just
above the water surface, for splash and noise protection.
For the second case of cutting just above the water level,
we have still observed the work pieces getting wet due to
water splashing.

5 CONCLUSION
The 3D side cutting method introduced in this paper
allows for the rapid and precise fabrication of singledegree-of-freedom (1DOF) integral timber plate joints,
such as dovetail joints or through-tenon-joints. In
contrast to time consuming manual programing with
CAM software, the automatic geometry processing
allows for a rapid generation of machine code for CNC
milling, laser or waterjet cutting. Unlike in previous
methods, it is not necessary to position the cutting tool
normal to the side face of the plate. The method
therefore allows for the use of standard flatbed routers
without any technical modifications, and it allows for the
processing of parts of any size that fits on the flatbed
table of the CNC machine. Instead of positioning the tool
normal to the side face of the plate, inclined faces are cut
with the tool inclined at an angle 𝛽𝛽, which is possible
with modern 5-axis enabled CNC routers. For the
milling with shank type cutters, the maximum tool
inclination 𝛽𝛽𝑚𝑚𝑎𝑎𝑥𝑥 is determined through possible
collision points with the tool, tool holder or spindle and
the work piece. With standard CNC cutting tools, we
have found this limit at 60°. The 5-axis abrasive waterjet
system used for our tests is constrained to a maximum
rotation 𝛽𝛽𝑚𝑚𝑎𝑎𝑥𝑥 = 59°. With the laser system, we have

successfully cut inclinations of up to 𝛽𝛽𝑚𝑚𝑎𝑎𝑥𝑥 = 45°.
Unlike previous methods, the variable inclination of the
tool allows for the fabrication of 1DOF MTSJ (such as
dovetails), where the dihedral angle 𝜑𝜑 between two
joined plates is not constrained to 𝜑𝜑 = 90°. Instead we
can fabricate joints with a large range of dihedral angles.
While a fixed rotation of 𝛽𝛽𝑚𝑚𝑎𝑎𝑥𝑥 = 15° would be
sufficient for the fabrication of orthogonal assemblies
with inclined dovetails, such as the box girder presented
in section 1, a large variable range of angles is required
for the fabrication of freeform shell and spatial structures
built from timber plates, where the global curved shape
is achieved through incremental modifications in the
shape of a series of individually shaped plate elements.
In the last two sections of the paper we have discussed
the drawbacks of 5-axis CNC milling, and presented two
alternative side cutting technologies, which are
compatible with the method and algorithm presented.
While the mechanical behavior of 1DOF MTSJ
produced with 5-axis milling machines has already been
studied [5][6], further research is required to investigate
the behavior of 5-axis laser and 5-axis waterjet cut joints.
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ROBOTIC PRODUCTION OF INDIVIDUALISED WOOD JOINTS –
ADDITION
Barış Çokcan1, Wol an Wint r2, Johann s Braumann3, R inhold Kro ath4
ABSTRACT: Wood is one of the most traditional materials in architecture, but has gone through significant
developments over the centuries and is now perceived as a high-performance material. Before the industrialisation,
wooden constructions were planned and produced by carpenters, acting upon the clients’ parameters such as the number
of stories, number of rooms and required functions. Most often, the carpenters did their work without plans - all they
needed for their work were experience, proficiency and knowledge regarding the traditional joints. Thus, both planning
and production happened in real-time on the building site. Using woodworking tools, the joints were fitted “just in time”,
without relying on additional metal fasteners. [1]
During the period of industrialisation modularity and mass production dominated the construction industry. Prefabricated
panels became the most relevant construction elements, turning connections into undesirable weak points and establishing
steel elements as the preferred method for connecting plates. Later on, framework construction became the second stage
of modularity, replacing panels with beams and pillars, while steel plates, screws or bolts were used to connect the single
components. All steel elements were standardized to simplify the planning and construction process [4]. In recent decades,
contemporary architecture has turned away from this kind of modularity, instead utilizing digital design methods,
CAD/CAM planning and flexible manufacturing technologies to enable new and different forms of modularity [3]. The
module of this digital period is defined by its capability of combining unique forms and elements with dynamic
manufacturing strategies. Thus, modern modular constructions can consist of highly individualized elements that are
produced with nearly the same efficiency as serial manufacturing.
This paper focuses on the project “Addition” – a Pavilion, which was designed with this new concept of modularity,
manufactured automatically with a 6-axis robotic arm. New CAD/CAM interfaces, linking design directly with
fabrication, enabled the serial production of 450 individual slab joints with 14 different connection angles.
KEYWORDS: Computational Design, Robotic Production, Digital Fabrication, Wood Joints, Pavilion, Addition
Figure 1: he pa ilion a ter the assem ling
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1 INTRODUCTION 123

2 DESIGN IDEA

The aim of the project was to design a pavilion out of
wood as a part of the exhibition “Think Global Build
Social” at the Az W “Architekturzentrum Wien”. Similar
to the nearby “Enzis”, the pavilion was to simultaneously
act as a multifunctional furniture piece and a sculptural
element. The design of the object emphasizes the
innovation, easy process ability and high performance of
wood based constructions, while the temporary nature of
the event necessitated a quick assembly and disassembly,
the reusability of the elements and a versatile usage of the
space.
To find a design that incorporated the many constraints,
we initiated a student competition at Vienna University of
Technology. 17 students took part, resulting in a total of
13 projects at the final review. After eight weeks of
planning the project “Addition”, designed by Evelyn
Hochegger, was elected by the jury for realisation. The
project was chosen due its flexibility in design and the
feasibility of a digital production process for developed
joint details. The final detail planning and digital data
preparation for the production took three further weeks.
Finally we started with the production process, which also
took three weeks.

Wood was chosen as the building material at the very
beginning of the project as we consider it especially
suitable for social projects in public spaces due to its good
ecological qualities, sustainability and the relative ease of
woodworking processes. Another design parameter was
the ability to manufacture the structure using digital
fabrication methods with a robotic arm.
The simple design idea of “Addition” was developed
under these requirements.

Figure 2: Digitally modified “Mitered corner dovetail joint”
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PROCESS

The dynamic appearance and the multi functionality of the
object stems from just four differently shaped frames
(referred to as frame, table, bench and lounger), which are
stringed together in a single row. The frames were shaped
out of individual beams, which were assembled on-site.
Thus, the concept allows for many variations through
recombination of the differently shaped frames, so that the
final geometry of the pavilion can be changed even as late
as during assembling.
The pavilion covers an area of 3,5 x 7,0 meters with a
height of 2,5 meters, requiring 3,8 cubic meter solid
lumber (KVH, spruce) for the whole construction. The
cross section of the beams are all the same at 6,0 by 6,0
centimeters.

4
Reinhold Krobath, University of Applied Arts in Vienna,
Wood Technology reinhold.krobath@uni-ak.ac.at
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3 DETAILING

MATERIALI ING

During the first design stage the material was set to be said
wooden beams with a square profile. The design goal was
to be able to set up the timber beams to frames without
using any screws, nails, steel plates or glue, so that it can
be assembled and disassembled multiple times over its
lifespan.
Such metal connectors would also make the reuse
possible, but incur greater costs. The engineered wood
based connections in Europa mostly use steel connectors.
So our solution for the connectors followed principles of
Japanese wooden joints, which can be designed without
using metal connectors as moment resistant frames. We
have decided to develop a corner mitre blind tenon joint.
This kind of joint is developed as a corner connection and
is a modified version of a mortise and tenon joint.

Instead we decided to use beams with a cross section by
6,0 x 6,0 cm, in order to reduce the cost and weight. With
the smaller cross sections we saved approximately 3,2 kg
per meter. Transport and assembly thereby became much
easier. On the other hand it also reduced milling time and
wood shavings per joint. Yet with more joints needed to
form the whole pavilion (450 milling processes instead of
270) overall milling time would have been similar. The
smaller cross section necessitated tighter tolerances which
for required more precise manufacturing. Lastly the
smaller cross section lowered moment resistance and load
bearing capacity of the elements (Figure 2).

The frames were designed with non-right angles between
77-125°, so the joint details also had to be developed to
address this. The proportions of the haunched stub tenon
were dimensioned to ensure material integrity at the
various angles. Instead of a straight mitred cut the
shoulders were cut using a curve. This creates a horizontal
shoulder that helps absorb the vertical forces (e.g. from
people sitting on the bench).
We intended to use beams with a cross section of 10,0
x10,0 cm. This kind of beam would allow us to use two
tenons, so that the frames could resist more moment.

Figure 5 meshing o

i erent elements - ench

rame

As intended we didn’t use glue for joining the beams. The
precise manufacturing and unique shape of the joint
ensured the required moment resistance of the frames.
The beams are fixed with a wooden dowel (diameter 8
mm).
We made several stress tests to establish the moment
resistance in the frame corners. The “lounger” element
had the lowest stability with 0,466 kNm. This forced us to
additionally fix the connection with glue due to its layout
as a cantilever arm. This gave the element sufficient
stability (Figures 6-8).
The connections between the frame elements were also
designed with wood to wood detail principles. Every 16
cm a hole were drilled along the long side of the beams.
Then wooden dowels were placed in offset to fix the
frames to each other.

4 FABRICATION PROCESS
ASSEMBLY
4.1 DIGITAL DATA

Figure 3&4: prototype o mitre tenon an mortise joint
e elope uring esign process – manu acture manually

A very common process in computational design is the
post processing of shapes for fabrication. This can take a
variety of shapes, from rather simple algorithms that
ensure that façade-panels conform to given maximum
dimensions as dictated by the available material, to highly
complex approaches that optimize geometry towards
given parameters such as planarity, length equality, and
connectivity. Another very common optimization
parameter that greatly impacts manufacturing processes is
the reduction of variety, aiming to break down a structure
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Figure 6: esting the “lounger” element – a o e
Figure 7: the ailure o haunche tenon an the o el - elo

Figure 8: Result o

into a maximum number of identical elements, as larger
lot sizes commonly result in a lower costs. While this
concept is certainly true in some businesses, it actually
does not necessarily apply to many processes involving
machines – for a machine, it does not mechanically matter
if it performs many identical movements, or completely
individual movements. The complexity lies solely in the
programming, where ineffective software requires the
user to manually process every part, even if the parts are
very similar to each other. Thus, programming two
elements for fabrication scales linearly to twice the
programming time.

just working with a design, but receiving immediate,
parallel feedback regarding the manufacturability of an
object. The machine-data file that contains the entire
logic to fabricate an object can then be handed over to the
fabricator, and after a quick verification sent to the
machine for fabrication. We refer to such a process as
production-immanent design. [2]
To explore this approach in a prototypical project, we
intended to use the University for Applied Arts’ KUKA
KR120R2500 robot as the design-driver. As a heavypayload robot it can move 120kg within a range of 2.5m
in each direction, thus also enabling it to mill through
denser materials such as hard wood, a fabrication strategy
that was to be used for the very complex nodes of the
“Addition” pavilion project.
For the development of both design and fabrication, we
used the visual programming environment Grasshopper to
deal with the geometric complexities. Rather than
modelling geometry manually, or writing code for
automatically generating geometry, Grasshopper allowed
us to define geometric relationships in a very accessible
way, by connecting components with each other, thus

We propose that a more direct access to fabrication
machines has the potential of greatly reducing costs in the
construction industry. Rather than having a fabricator
postprocess and redraw the geometry for fabrication,
architects and engineers with direct access to machines
can integrate the fabrication process as an important
parameter into the design process. Thus, the user is not

en ing test – orce

isplacement
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minute. For the production a 6 mm diameter and 86 mm
long milling cutter is used to shape the joints.
Before the milling process of the joints, the slabs are cut
to the required length and the holes are drilled. These steps
are done with standard tools like a drill press and a
portable circular saw. Afterwards we started milling the
joints with the robotic arms.

Figure 9: esting the igital ata

forming an acyclic graph that updates whenever any
parameters change: When an initial geometric parameter
is updated, this change immediately propagates through
the graph and is also reflected in the fabrication planning,
allowing us to optimize both design and fabrication
process in a very accessible way.
For the node design, it was our ambition to define an
extremely efficient design that is optimized for the
industrial robot and its milling tool, needing a minimum
of machine time. Milling tools are available in many
different geometries, with cylindrical, spherical, and
conical tips. For general-purpose milling, a cylindrical
tool is used for roughening – the efficient removal of
material – followed by a spherical tool for finishing the
surface. In order to optimize machining time, we decided
to only use the cylindrical tool. This leads to a series of
complications, as a cylindrical tool cannot perfectly create
any interior corners – the radius of the tool always remains
– and cannot finish free-formed surfaces.
The final node is the result of a series of experimentations
towards realizing a structurally sound, aesthetically
pleasing and of course functional node design. However,
when it came to the fabrication, the milling spindle of the
heavy-payload KUKA robot was unavailable due to
technical problems, forcing us to use the much smaller
KR16 robot – with a 16kg payload instead of 120kg and a
very small spindle that could only accommodate 6mm
milling tools.

A special jig was designed out of wood, to enable
processing with two robotic arms. The jig is fixed to the
concrete basement in several points and stiffened with
additional wooden plates to avoid vibrations. Concrete
blocks were put on the bottom of the jig, in order to further
stabilize the jig.

Figure 10: processe elements e ore assem ling

Figure 11: ig an starting milling process

Thanks to the parametric design of the node, we were able
to very quickly adapt to the changed tool constraints.
Despite our efforts towards optimization, the small
diameter and weak spindle of the new setup greatly
slowed down the process. To ensure a timely completion
of the project, we were able to acquire a second robot, and
by doing so doubled the fabrication speed.
4.2 PHYSICAL FABRICATION
For the production of all 450 joints we used two 6-axis
KR16 robotic arms from KUKA, with a maximum
payload of 16kg and a reach of about 1.5m. The
production took place in one step and with the same
milling cutter, which is operated by a spindle with a
maximum rotational speed of 5000 revolutions per

Figure 12: synchronise milling process ith t o ro otic arms
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Due to the limited facilities the beams had to be inserted
into the jig manually. The tool centre point is set on the
top corner of the beam. To ensure the exact position of the
beams two wooden bars were screwed on the jig. The
working pieces are fixed between the two bars using two
clamps. Long working pieces are additionally fixed to a
third point. To prevent a collision between the robotic
arms and the jig, the working pieces are cantilevered out
by 30 cm. Both robotic arms worked synchronously.
Following the milling process we drilled a hole with a 7,5
mm drill bit across the joint.
The manufacturing of each joint took 12-15 minutes
depending on its geometry, resulting in a total fabrication
time of 14 days.
Finally, all elements were sanded before they were treated
with a breathable protective coating.
4.3 CHALLENGES

Figure 13: a aile manu acturing process epen ing on
ine icient ro otic arm so t are

Digital production with a robotic arm is very precise and
can handle extremely small tolerances. Due to its
flexibility and elasticity wood can be processed within
greater tolerances than steel, glass etc. Wood is an
anisotropic and hygroscopic material and it changes its
form depending on the humidity. This characteristic of
wood can cause problems during such digital production
processes, which we also encountered in our project. The
delivery was made on a rainy day without protection, and
we measured a humidity of more than 50%. The
maximum acceptable moisture levels for construction
wood lies between 15-18%. After two weeks of drying we
could start with the manufacturing process. But we
realised that the cross section of beams had shrunk from
6,0 x 6,0 cm to below 5,6 x 5,6 cm. The dimension of the
beams varying slightly between these values.
The shrinking caused the following problems for the
milling process. Assembly of two beams worked
correctly, because the shapes of the mortise and tenon
remain identical. The robotic arm milled both sided to
precision. We had also included a tolerance of up to 0,5
mm between mortise and tenon in each direction. The
shape of the joint for the milling data was computed for
an average section (5,9 x 5,9 cm). The zero point of the

base coordinate system was located at the right top corner
of the beam. This assumption meant that the side walls of
the mortise couldn’t be milled symmetrically if the cross
section of the beam deviated from the average. The
adjacent parts didn’t lie flush when assembled.
To avoid this problem, two different solutions were
developed. First we measured all beams manually before
the milling process and sorted the beams according to
size. Then we redefined the zero point of the base
coordinate system. This didn’t lead to satisfactory results,
since the shrunk beams didn’t lie centred in the jig. We
therefore also adjusted the jig (Figure 11).
A future step will be to build a more flexible jig and a
sliding bar to react to the different sizes of working pieces.
The zero point of the base coordinate system should then
be arranged as the middle point of the working piece. The
sliding jig should also automatically bring the working
piece into the right position. For further improvement the
digital milling path should start from the centre and adapt
parametrically to various dimensions. This methodology
would also correspond to the manufacturing technology
of the Japanese wood joints. Starting the layout from the
centre and working towards to outside.
Engineered wood also called composite wood is a range
of precise manufactured industrial products, which are
very suitable for digital processing. On the other hand
solid timber elements are semi-processed products, which
continue to work during the lifetime. These characteristics
of wood come into conflict with the precise digital
manufacturing processes. To avoid such problems the
used manufacturing process needs to be understood in
depth. For each milling process a thoroughly designed
solution should be developed with the help of a carpenter.
The production of the designed mortise-tenon joint is not
possible with the common carpenter methods, due to
curved shape of side walls. It is possible to produce the
traditional corner mitre blind tenon joint with such
carpenter tools (e.g. chisel, mortise saw, offset saw and
marking tool). This took approximately 30 minutes per
connection. By using standard carpentry machines this
process still takes no less than 15 minutes. It is therefore
more expedient to compare the robotic arms with a 5 axis
portal milling machine.
4.4 ASSEMBLY
The pavilion is placed upon a base structure. This
structure consist of eight wooden frames of 0,9 x 3,5
meters, which were built in the production area. The
basement structure had two advantages. First height
adjustable feet can be integrated in this structure, so the
pavilion can be adapted to the uneven. We measured up
to 10 cm difference on the building site between opposite
corners of the pavilion. Secondly the different shaped
frames can be easily assembled to a pavilion structure.
At the first stage of assembly the seven frames were put
together and fixed to each other in three different points
with steel bolts.
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Figure 14: asement structure or the pa ilion

At the second stage the beams were transported to the
courtyard of the MuseumsQuartier in Vienna. Then the
beams were assembled on-site simply by hammering
them together. Afterwards they are fixed with a single
wooden dowel per joint. Only the “lounger” element had
to be fixed with glue due to its layout as a cantilever arm.
Finally all elements were aligned behind each other. They
were fixed with wooden dowels each 16 cm. The order of
the elements was decided at the construction site.
The entire assembly took 24 hours, involving a range of
participants, between 15-65 years, with different skillsets
and backgrounds. Due to the robotic pre-fabrication in the
workshop, it was possible to set up to the pavilion without
the help of professionals or special equipment.
The precise manufacturing process also made it possible
to achieve sufficient stability and.

RELATED WORK
Industry commonly uses 5 axis joinery machines for wood
to wood joints. However, these machines are very
voluminous and expensive, so that only large wood
fabricators specialized in mass production can afford
them. The most frequent industrial use for wood to wood
joints are beam to beam connections, which can be
produced with different angles by joinery machines,
mostly for roof and staircase constructions.
Thus, joinery machines are optimized for the
manufacturing methodology of the carpenter, so that
standard applications can be programmed rather easily
and are then performed with great speed and accuracy.
Problems only arise once non-standard solutions are
required. The programming of difficult geometry is time
consuming and not as flexible as with a robot arm. While
robots – due to their kinematic layout – cannot compete
with specialized machines with regards to absolute
accuracy and speed, these machines represent a new and
affordable way towards making complex joinery
technologies available to smaller companies and even
individual carpenters that were previously only accessible
to high-end industry. Apart from other obvious
advantages over different CNC machinery and joinery
machines, like the cost efficiency it is the manufacturing
flexibility of robots that make them valuable to both
researches as well as carpenters. Since the robotic arm can
manipulate any tool that is mounted on its flange, robots
already take on a large variety of tasks [6].

Figure 15-17: assem ling the pa ilion

Since 2010 several experimental projects with wooden
joints were realized using industrial robots. Most of them
were developed and realized by Menges, Schwinn and
Robeller. They mostly use dovetail and finger joints for
their wood to wood connections. In their approach the
edges of the timber panels are milled in order to produce
parametrically designed three dimensional finger joint
connections. The robotic fabrication allows for
performative finger joint connections even at extreme
angles.
A project with a similar joint design was developed in
Graz University of Technology by Richard Dank and
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Christian Freissling 2012. This project was build out of
11 irregular frames mutating along an axis [5]. The
connection design was inspired by Japanese wood joints.
All slabs are assembled without any metal elements and
adhesive. There are some similarities between both
projects but the most significant difference is the joint
designs. In our AZW Pavilion you can see a much larger
additional supporting surface on the side to support
greater moment loads. We needed such a sophisticated
geometrical design because all four elements we
designed, were not a closed framework, unlike the
“Framed Pavilion” in Graz.
The results of this project represents the first step of
investigation for a research program, which compares
digital fabrication techniques with traditional production
methods of carpenters.

Figure 12: team

CONCLUSION
Wood is being use for larger and larger buildings, even in
the urban areas. Multistoried buildings with wood
structures are not uncommon in our cities. A seven storied
house in Berlin, nine storied in London or eight storied
office building in Dornbirn are built out of wood. Vienna
will be home to the highest wood building with 24 stories
and 84 meter height in a couple of years. Beside this
development more and more architects and engineers are
trying to design the wooden structures without metal
connectors. Metal connectors have substantial
disadvantages regarding fire safety and can also increase
the costs.
Shigeru Ban succeeded in building a spectacular office
building (headquarter Tamedia publishing company –
seven stories) in the center of Zurich with a structure
entirely made from wood, similar to traditional Japanese
timber buildings. The connecting elements were produced
out of beech using CNC milling technology. The design
of joints was inspired by traditional Japanese wood
structures but re-interpreted in a unique way by Shigeru
Ban [7].
Also the design philosophy is fundamentally changing.
Instead of having to rely on mass-fabricated elements,
today’s digital and machine tools allow us to create
designs that consist of individual, unique building parts.
However, to cope with the complexity of the high number
of digital shapes, it is not enough to solely draw a 2D plan
or even a 3D model. Instead, contemporary architectural

design methods require the use of digital parametric
design tools and knowledge of programming.
Combining such high-end digital processes with the highend, ecological material wood can now create new,
sustainable designs with the same efficiency as massproduction.
New interfaces enable a direct communication between
3D modelling software and even complex machines such
as robotic arms. This allows designers and architects to
develop entire manufacturing methods by themselves, and
thus have control over all aspects of a design, from sketch
to fabrication.
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ADDITIVE MANUFACTURING OF BUILDING ELEMENTS
BY EXTRUSION OF WOOD CONCRETE
Klaudius Henke1, Daniel Talke2, Stefan Winter3
ABSTRACT:
An additive manufacturing process is presented in which large scale building elements are shaped by depositing fresh
wood chip concrete with the aid of a numerically controlled extrusion system. In comparison to similar solutions based
on mere mineral materials, the characteristic properties of the wood cement composite (e.g. low weight, low thermal
conductivity, better workability) proved to be advantageous for the manufacturing process as well as for the final
product.
KEYWORDS: additive manufacturing, 3D printing, construction, wood chip concrete, robot

1 INTRODUCTION 123
1.1 ADDITIVE MANUFACTURING
Computerised additive manufacturing, often also simply
referred to as “3D printing”, was first introduced to the
market in 1987 with stereolithography by 3D Systems
[1]. Since then, numerous other market-ready
technologies have been developed. Originally intended
as a means to rapidly create models and prototypes,
advances in material properties, scale and manufacturing
speed have enabled these technologies to compete with
traditional forms of production. Examples for this can be
found in the fields of medical and dental technology,
aerospace engineering or foundry moulding.
The underlying principle that all methods have in
common is that solids are generated automatically on the
basis of a digital 3D model by adding numerous small
(compared to the size of the solid) units of material.
Therefore, there are no specialised tools necessary to
fabricate differently shaped objects, which makes
additive manufacturing particularly economical where
single parts and small batches are to be produced. In
addition, additive manufacturing allows a high degree of
geometric freedom and offers the opportunity to form
parts, that otherwise cannot be produced, or only with
great effort.
1

Klaudius Henke, Research Associate, Technische Universität
München, Chair of Timber Structures and Building
Construction, Arcisstraße 21, D-80333 München. Email:
henke@tum.de
2
Daniel Talke, Research Associate, Technische Universität
München, Chair of Timber Structures and Building
Construction, Arcisstraße 21, D-80333 München. Email:
talke@tum.de
3
Stefan Winter, Professor, Technische Universität München,
Chair of Timber Structures and Building Construction,
Arcisstraße 21, D-80333 München. Email: winter@tum.de

1.2 ADDITIVE MANUFACTURING
IN CONSTRUCTION
Because of its specifications (automation, small batches,
geometric freedom), additive manufacturing also shows
great potential for applications in the field of
construction. Instead of following the restraints of the
production method, the form of a building element can
be optimised in regard to its intended use, building
physics or structural requirements. Also, tailor-made
components for existing buildings can be named as a
promising application.

Figure 1: Behrokh Khoshnevis, Contour Crafting [3]

A first proposal for an additive construction process was
made in 1995 by Joseph Pegna [2]. The process is based
on selective binding of sand with cement. This is realised
by applying dry cement locally to a fine layer of sand
and activating the hardening of the mixture by applying
water onto the layer. Additional layers are added until
the desired concrete geometry is completed.
Alternatively, multiple layers of dry sand and cement are
hardened by exposing them to steam. However, the
method was proven in small scale models only.
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‘Contour crafting’, developed by Behrokh Khoshnevis,
utilizes an extrusion process where a strand of concrete
is dispensed through a nozzle. Layer by layer, the strand
forms the outer shell of a wall structure which acts as a
permanent formwork. The interior of the wall is also
constructed by extrusion or is filled with concrete in a
second step. Alternatively, the walls can be formed in
their entirety by the extrusion of strands which are as
wide as the wall is thick. Figure 1 shows a possible
application in building construction where the extruder is
mounted on a large gantry system with the aim of
constructing entire buildings on site. Instead of concrete
clay can also be used. [4]
Civil engineer Enrico Dini constructed ‘D-Shape‘, a
3D printer with a build platform of 4 x 4 m. The
implemented method of selective binding is comprised
of two repeating steps. First a thin horizontal layer of a
mixture of mineral aggregate and a metal oxide is spread
out. In a second step a large print head with 300 nozzles
is moved over the dry layer and a saline solution is
locally applied to the surface, where it reacts with the
metal oxide forming a binder. Once the last layer is
completed the surrounding unbound material can be
removed revealing the solid object. [5], [6]
‘3D Concrete Printing‘, developed at the Department of
Civil and Building Engineering at Loughborough
University, is an extrusion process for concrete. In
comparison to Contour Crafting it aims at higher
geometric freedom and resolution. Figure 2 shows a
3D printed curved concrete element with integrated
bench. [7], [8]

Figure 2: Loughborough University, 3D Concrete Printing [7]

Yingchuang Building Technique Co Ltd. WinSun, a
company from Shanghai, China, produces building
elements through extrusion of a concrete mix containing
construction and demolition waste. Several buildings
have already been constructed using this technique,
among them a 5-storey residential building. [9], [10]
Today there exist numerous projects concerning additive
manufacturing in construction comprising both selective
binding and extrusion. The majority of those projects use
concrete as building material. The motivation of the
research presented in this paper was to investigate the
question, how additive manufacturing for applications in
construction can be realised by the use of wood.
1.3 ADDITIVE MANUFACTURING BY THE USE
OF WOOD
Additive manufacturing by the use of wood can be
realised in different ways. In multiple projects Gramazio

& Kohler [11] have already demonstrated how this can
be done by robotically joining discrete wooden elements,
like battens or beams.
On the other hand the solid wood can be separated into
its basic components, such as lignin, cellulose, or
hemicellulose. These components then can be used to
produce a material which can be processed in common
3D printing machines. ‘Extrudr Green-TEC’, for
example, is a filament which is claimed by its producers
to be comprised of 100 % renewable materials on the
basis of lignin compounds [12]. It is intended for use in
Fused Filament Fabrication (FFF) 3D printers.

Figure 3: Alternative methods of additive manufacturing by
binding wooden particles (P) with a binder (B);
I: selective binding, II: extrusion

Instead of joining discrete wooden elements or
deconstructing the material into its base components an
alternative way of realising additive manufacturing by
the use of wood consists in binding wooden bulk
material with some kind of binder. How this can be done
by processes of selective binding has already been
discussed in previous work [13]. Alternatively, the
wooden particles can be mixed with the binder in
advance, forming a paste-like material, which is
extruded in strands to build up the object. The two
alternative methods of additive manufacturing with
bonded wooden particles, selective binding (I) and
extrusion (II), are shown in figure 3. The range of
binders which can be put to use for binding the particles
is large. However, in the case of applications in
construction aspects like strength, durability and fire
protection have to be considered. The choice of cement
as binder for the wooden particles, resulting in wood
chip concrete, makes sure, that these requirements are
met.
1.4 OBJECTIVES
In this paper, research work is described that aims at the
development of a method for the additive manufacturing
of large scale building elements via extrusion of a wood
chip concrete. An extruder is moved by an industrialsized robot in a way that by depositing strands of fresh
concrete the object is constructed layer by layer without
the use of formwork.
Instead of the usual sand and stone aggregates of
concrete the use of the renewable resource wood results
in a light and easily workable material. This offers
advantages for the process as well as the final product.
The low thermal conductivity of wood chip concrete and
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the geometric freedom of the implemented
manufacturing method enables the production of
building elements optimised in regard to structure and
building-physics. One promising area of application of
this
material-method-combination
lies
in
the
construction of optimised self-supporting façade
elements for a simple, monolithic building.
The research work included the development of a recipe
for an extrudable yet fast setting wood chip concrete, the
design, construction and testing of a specialised extruder
as well as gathering and adapting of digital tools for
modelling and machine control. Tests on selected topics
concerning the process and material were carried out and
large scale test objects were built.

2 SYSTEM FOR THE EXTRUSION OF
WOOD CHIP CONCRETE
2.1 OUTLINE OF THE SYSTEM
In general, a system for the additive manufacturing by
numerically controlled extrusion of concrete is
comprised of multiple components as seen in figure 4 on
the left. The individual ingredients (A, B, C) for the
fresh concrete are combined in a mixer (M). Within the
extruder the concrete is transported by a conveyor, either
a progressive cavity pump or a conveyor screw (F), to a
nozzle (D) where it is dispensed in a continuous strand
onto a building platform or on top of previously
dispensed strands. The necessary movement for the
extruder to form the strand is provided by an
electronically controlled manipulator. If necessary, a
reservoir (R) can be added to hold the fresh concrete. (a,
b1, b2, c) indicate the transport paths of the material.
Solid lines represent a continuous transport, e.g. through
hoses or conveyor screws. Alternatively, dashed lines
represent moving the materials discontinuously e.g.
manually by shovel or bucket.

properties. During transportation, the freshly mixed
concrete must be pumpable, yet after being dispensed
through the nozzle, the concrete must stiffen and harden
rapidly. Short transportation lines within the system help
in dealing with this dilemma. The mixing and extrusion
system variant chosen for the project presented here
follows the design seen in figure 4 on the right. The
reservoir (R), conveyor (F) and nozzle (D) are combined
into a single unit. The concrete is mixed by hand or with
simple machines and fed into the reservoir in small
batches (b1). This approach helps minimise the time
between mixing and dispensing.
2.2 EXTRUDERS
The extruder developed during this project is based on
the experiences gathered during a master’s thesis with an
extruder built from a household meat grinder [14]. The
new extruder was constructed as a modular system from
acrylic glass pipe which enables a better view of the
material flow. Multiple conveyor screws were
manufactured, each with a different pitch and
progression (see figure 5). The screws are welded onto a
½” steel pipe and have an outer diameter of 54 mm.

Figure 5: Conveyor screw with attached motor (left) and
replacement screws with varying pitch and progression

Figure 4: general outline of systems for the extrusion of
concrete (left) and chosen configuration (right)

The different phases of the mixing and extrusion process
each demand varying and even conflicting material

A custom shaped hopper was manufactured from
polylactic acid (PLA) with the use of a RepRap fused
filament 3D printer. This hopper is connected to the
main extruder body through a second acrylic glass pipe
attached to the first one at an angle of 45°. Multiple
nozzles with varying convergence and different size
openings (17.5, 20, 22.5 and 25 mm) were constructed
from polyoxymethylene (POM). Additionally, acrylic
glass spacers can be used to change the shape of the
extruder and influence the material flow. A bipolar
stepper motor with a holding torque of 3 Nm is used to
power the extruder. The main body as well as the motor
assembly with the connected conveyor screw are
mounted on an aluminium modular profile system (see
figure 6). This allows a precise positioning of the
different screws inside the acrylic glass pipe. Extrusion
tests with the different conveyor screws and nozzles
were conducted. In these tests, screws with little to no
progression in combination with a 20 mm nozzle
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achieved the best extrusion results. Based on this, the
large scale demonstrators described in chapter 3.2 were
printed using a conveyor screw with a constant pitch of
38 mm and a nozzle with a 20 mm opening and a 20°
convergence.

For the manufacturing of large scale test objects an
industrial KUKA KR 150 L110 6-axis robot was
provided by the Chair of Building Realisation and
Robotics (Prof. Thomas Bock) at the Technical
University of Munich. The robot can reach a distance of
3500 mm and has a rated payload of 110 kg. In addition,
the robot is mounted on a 7 m long rail which is
implemented as a linear 7th axis. The extruder with its
aluminium profile system can be connected to the
mounting flange of the robot with a steel adapter plate.
Figure 8 shows the assembled extruder with an
additional setup to help the flow of material mounted on
the Kuka Robot.

Figure 6: Modular extruder assembly

2.3 MANIPULATORS
The manipulator controls the motion of the extruder
relative to the building platform. Small scale testing can
be carried out on a three axis CNC portal from BZT
Maschinenbau GmbH. The portal has a processing way
of approximately 670 mm x 890 mm x 110 mm (X, Y,
Z) and is controlled by three bipolar stepper motors. For
the experiments the extruders can be mounted directly
onto the tool holder of the CNC portal. In figure 7 the
original meat grinder extruder can be seen mounted on to
the CNC portal.

Figure 8: Conveyor screw extruder with additional flow aid
mounted on a 6-axis Kuka robot

The robot is controlled by a Kuka KR C 2 controller and
its own proprietary software. Because the extruder could
not be integrated into the Kuka control, a separate
controller unit was built in order to operate the extruder.
With this setup, the extrusion speed can easily be
changed during the printing process. However, this also
means that the extruder must be manually started and
stopped where necessary. To circumvent this problem,
the movements of the robot in each layer are
programmed in closed loops with identical start and end
positions (see figure 12). This way, the extruder only has
to be started once and can run continuously until the
3D printing process is finished.

3 EXPERIMENTS
3.1 MATERIAL DEVELOPMENT
Figure 7: 3-axis gantry with mounted extruder

Alternatively, the extruder can also be suspended in a
stationary position above the portal. In this case, a small
platform (400 mm x 400 mm) is fixed to the tool holder
of the CNC portal which then can be moved beneath the
pump. The CNC portal as well as the extruder is
controlled by hardware and software commonly found in
the field of consumer fused filament 3D printing. The
open-source 3D printer firmware Repetier and the
accompanying freeware Repetier Host [15] were used to
create movement instructions and send them to the 3D
printer system.

Composite materials constituted by cement as binder and
mechanically shredded wood as aggregate have been
established in construction for many decades. Woodwool slabs and cement-bound particle boards can be
named as examples. Here the high strength and
incombustibility of the mineral material cement is
combined with the low weight and low thermal
conductivity of the renewable material wood.
Wood chip concrete is generated by the same ingredients
as the before mentioned examples but, contrary to them,
building elements from wood chip concrete are formed
without applying pressure. Merely mixed with regular
cement the resulting concrete hardens very slowly due to
soluble substances of the wood, such as fats, sap and
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especially sugars, which inhibit and slow down the
hydration process [16], [17]. One possibility to avoid this
is by washing out the soluble substances. Another one is
the use of mineralised chips [18]. Alternatively, good
results may also be achieved by selecting suitable
concrete-wood-combinations [17].

accurate number for the amount of wood within the
concrete. Also, due to their geometry, the mineralised
chips tend to create a blockage between the conveyor
screw and the nozzle inhibiting the extrusion process. It
is conceivable, that mineralised chips with a geometry
better suited for the extrusion process could be
manufactured, however, due to the constraints within the
project this otherwise promising approach was not
pursued further.
The final wood chip concrete mixture using Portland
limestone cement and plain Pine wood chips was
developed based on experiences gathered with purely
mineral based light weight concrete. Previously
conducted orientating experiments with the use of
Portland limestone cement and granulated glass beads as
an aggregate proved to be much simpler compared to
recipes involving organic compounds. Even without the
use of admixtures, multiple layer objects could be
3D printed as seen in figure 11.

Figure 9: Test prints with WUTZ Spezialzement and beech
wood chips [19]

Initial tests were carried out with WUTZ Spezialzement
[20], which is a white cement binder that has been
modified specifically for the use with wood chips. Tests
with beech wood chips were promising, as seen in the
test prints shown in figure 9. However, this type of
cement starts to set within minutes of mixing which
makes it unsuited for the extrusion of large scale objects.

Figure 11: Extruded test object made with light weight
concrete using granulated glass beads as aggregate

Figure 10: Object created through extrusion of a light weight
concrete using CEMWOOD CW 1000 mineralised wood chips
(sample fabricated in [21])

Instead of modifying the cement, the woodchips
themselves can be processed in order to reduce the
inhibitory effects and even increase the strength of the
hardened concrete [18]. During the course of this project
extrusion tests were conducted using CEMWOOD CW
1000 wood chips [22]. The chips have an elongated form
with a length of 1 - 5 mm and are originally intended for
the use in landscaping or as levelling or filler material.
By using regular Portland limestone cement (CEM II ALL 32.5 R) a chip-cement weight ratio of 0.29 could be
achieved with a water-cement ratio of 0.45 using a
25 mm extruder nozzle (see figure 10).
Because the chips already include mineral and organic
material, the wood chip-cement ratio does not provide an

In order to better understand the material requirements
for a successful extrusion, the consistency of the glass
granulate cement mixture was examined with a flow
table test for mortars according to DIN EN 1015-3:200705 [23]. The findings showed that light weight concrete
mixtures with a fresh density around 1,000 kg/m³ and a
flow diameter of 160 - 170 mm were suitable for
extrusion. Based on these findings, a wood chip concrete
recipe could be created using admixtures in order to
regulate the consistency and flow properties. Table 1
shows the wood concrete recipe used for all further tests
and experiments.
Table 1: Developed wood concrete recipe

Component
CEM II A-ll 32.5 R
Lignocel 9 wood chips
Water
MasterAir 77 (air-entraining
admixture)
Stabi M15 (stabiliser)
SikaRapid C-100 (accelerator)

Mass [g]
1000
160
610
22
2
16
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The average flow diameter of the material is 160 mm
with a density of around 1,000 kg/m³. The freshly mixed
concrete can be transported smoothly through the
conveyor screw extruder without blockage. The width
and height of the extruded strands stays uniform during
the printing process and multiple strands can be
deposited on top of each other with little to no
deformation. The resulting wood chip concrete has a
density of 995 kg/m³ and a thermal conductivity of 0.25
W/(m*K).
Material strength tests of the hardened concrete were
carried out on test objects created with the use of
formwork as well as on 3D printed test objects which
were later cut to size. All test specimens were stored at
20° C and 65 % relative humidity for 24 hours and then
subjected to a water bath for either 7 or 28 days.
Compressive strength tests were conducted on 100 mm x
100 mm x 100 mm cubes according to DIN EN 123903:2009-07 [24] (see table 2).
Table 2: Compressive strength in N/mm² after 7 and 28 days

Specimen
Poured cubes
3D printed cubes

7d
10.04
8.87

28d
12.12
10.30

As with the compressive strength, bending strength was
measured on poured as well as 3D printed specimens.
The tests were carried out on 40 mm x 40 mm x 160 mm
prisms according to DIN EN 196-1:2005-05 [25]. The
3D printed specimens were cut in two sets from a single
3D printed slab. In order to test for a direction dependent
bending strength one set was cut parallel and the other
perpendicular to the printed strands. Again, the
specimens were initially left to harden for 24 hours at
20° C and 65 % relative humidity and then stored in a
water bath for 7 and 28 days. The results of the bending
strength tests are depicted in table 3.

Due to the separation of the robot and extrusion control
each layer must be printed as a complete loop.
Furthermore, beginning and end point of the loop must
match in order to permit continuous printing across
multiple layers.

Figure 12: Digital model of lightweight, insulating external
wall segment to be fabricated by extrusion of wood concrete

Following multiple preliminary tests with different layer
designs a wall structure measuring 500 mm x 1500 mm x
930 mm was 3D printed as seen in figure 13. Each layer
was printed at a constant robot velocity of 75 mm/s. The
extruder speed was held at around 37 rpm although
adjustments were made to account for changes in the
concrete consistency. The wall was printed with up to 17
layers at a time and 42 layers per day with each layer
taking approximately 4 and a half minutes to complete.
The final printing time without breaks was 7 hours. In
general, the strands of concrete could be extruded with
precision and consistent geometry. Small defects or
breaks in the strand were bridged and corrected by the
following layer.

Table 3: Bending strength in N/mm² after 7 and 28 days

Specimen
Poured prisms
3D printed prism (parallel)
3D printed prisms perpendicular

7d
3.35
3.57
2.55

28d
3.87
4.08
3.05

3.2 LARGE SCALE TEST OBJECT
Following the small scale tests on the CNC portal, larger
objects were designed in order to test the materialmethod combination on a scale suitable for construction.
The geometry of a lightweight, insulating external wall
segment (Figure 12) was chosen to highlight the
potential of the manufacturing method regarding
applications as well as technical possibilities. Overly
complex and irregular geometries, as are commonly used
to demonstrate the capabilities of 3D printing, were
explicitly not chosen to better determine the remaining
deficiencies and imprecision in the production process.
The design of the wall segment takes manufacturing
boundary conditions into account. Based on the 20 mm
nozzle diameter, the individual printed strands have an
oval shape with a 25 mm width and a height of 10 mm.

Figure 13: wall segment built up by horizontal layers each
measuring 500 mm x 1500 mm x 10 mm during printing
process

When not properly compensated, the slight changes in
concrete consistency can cause discrepancies in the
width of the individual strands. The first layer of each
continuously printed segment shows a slight increase in
width compared to the others. Even though this helps the
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bonding of parallel strands within the layer, the
outermost strand is pushed outward by the adjacent inner
strand resulting in visible discrepancies in the layer
width at the beginning of each continuously printed
segment. Furthermore, nearing the end of each prepared
concrete batch, initial stiffening can cause the strands to
thin, which in turn can lead to insufficient bonding of
parallel strands within the individual layers. The gaps
between individual strands are further widened over time
due to concrete shrinkage.

Figure 15: Digital model of a support structure suited for the
extrusion of wood concrete

It was expected, that the low weight and good inner
strength of the wood concrete would allow realising
overhangs to a much higher degree than with standard
concrete. To prove this a small series of tests was carried
out. Figure 16 shows an overhang test performed on an
object with a honeycomb structure. The object consists
of ten layers, each layer measuring 230 x 400 x 10 mm
and having a 3 mm horizontal offset compared to the
previous one.

Figure 14: Completed large scale test objects

In order to combat these phenomena the last 13 layers of
the wall segment were printed with a slightly changed
layer geometry. By mirroring every second layer,
previously parallel running strands are bridged which
helps to increase the layer stability. Additionally, by
positioning the beginning and end point within the wall
structure, adjustments to the extrusion speed can be
carried out before the outer strand is printed. The
completed wall segment together with two smaller
specimens can be seen in figure 14.
3.3 OVERHANGS
The ability to print overhanging or bridging structures is
crucial for the geometric freedom of an additive
manufacturing process. Regarding this aspect, extrusion
processes at first show disadvantages compared to other
3D printing processes using a particle bed which
functions as support. Once overhangs can be built even
only to a minor degree, the geometric freedom is
increased significantly because this enables building
special temporary support structures for cantilevering or
bridging parts with a minimum of material consumption.
Figure 15 shows an example of such a support structure
suited for extrusion and built only with a slight
inclination.

Figure 16: Overhang test showing an overhang of 26 %

An overhang of 26 mm could be measured. Considering
the height of the object which measured 100 mm the
overhang amounts to 26 %. This shows that with wood
concrete overhangs can be built to a considerable degree.
Further material development will allow to increase this
amount even more.
3.4 SUBTRACTIVE POST PROCESSING
Compared to processes of selective binding, additive
manufacturing by extrusion has advantages concerning
building speed and material properties. However, in
respect to geometric accuracy and resolution it initially
shows disadvantages. This can be overcome by
additional steps of additive or subtractive post
processing on the near net shape printed part. The
finishing can be limited to those areas, were a high
degree of precision is required (e.g. for the joining of
parts) or increased surface quality is demanded. This
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way high resolution and geometric accuracy become
compatible with building speed.

Figure 17: Subtractive finishing of additive manufactured
parts from wood concrete (sample fabricated in [26])

To verify the workability of the wood concretes used in
the project, different subtractive treatments (sawing,
milling, drilling, sanding) were experimentally
investigated [26]. It appeared that all wood concrete
materials could be easily treated with conventional tools
for metal working. This fact represents a significant
advantage of wood concrete compared to standard
concretes. Figure 17 shows additively manufactured
parts which have been milled locally to form two close
fitting halves of a joint.

4 CONCLUSIONS
Additive manufacturing in construction promises the
possibility to automatically fabricate free formed
elements in small batches. In this paper an additive
manufacturing process was presented, in which building
elements are shaped by depositing fresh wood concrete
with the aid of a numerically controlled system
consisting of an extruder that is guided by an industrial
robot. By building large scale test objects, the feasibility
of the process was proved.
The extrudable wood concrete developed in the project
consists of Portland-limestone cement and untreated
softwood chips in a ratio by volume of 1:1 and different
admixtures. The concrete was tested to have a
compressive strength of about 10 N/mm² and a bending
tensile strength of about 4 N/mm² and thus lies in the
area of lightweight concretes with mineral aggregates.
The density amounts to 995 kg/m³ and the thermal
conductivity to 0.25 W/(m*K).
In addition to the fact that in wood concrete the mineral
aggregate is replaced by a renewable material, the
composite proved to have further advantages over mere
mineral solutions.
Its low weight and good inner strength help to realise
overhangs to a greater extent. This also allows the buildup of special temporary support structures for

cantilevering or bridging parts with a minimum of
material that will be removed after curing of the element.
Together, this means a significant improvement of
geometric freedom for processes of concrete extrusion.
Its good workability enables subtractive finishing in
areas, were a high degree of precision is required or
increased surface quality is demanded. The combination
of additive and subtractive manufacturing steps
represents a promising approach to make high resolution
compatible with building speed.
For
this
special
material-process-combination
applications can be depicted in new buildings as well as
in the existing building stock. By the possibility of
fabricating tailor made elements this technology,
especially in combination with digital building
surveying, opens up new ways of retrofitting. The low
thermal conductivity of the material combined with the
optimization-possibilities of the additive manufacturing
process will enable simple, robust and easy to recycle,
monolithic buildings or building parts without the
necessity of further insulation.
For an industrial application of the process further
material development must be undertake to identify
formulations which combine extrudability and rapid
curing of the fresh concrete while retaining good
hardened concrete strength properties. Furthermore, the
extruder has to be perfected to a continuously working,
combined mixer-extruder-unit. Finally, it seems worth
investigating how by deliberately orienting the chips,
material strength can be enhanced and how by varying
the wood-concrete ratio during the printing process a
grading inside the workpiece can be realised.
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NUMERICAL MODELLING OF GLULAM BEAMS EXTERNALLY
REINFORCED WITH CFRP PLATES
Ivan Glišović1, Marko Pavlović2, Boško Stevenović3, Marija Todorović4
ABSTRACT: Timber beams can effectively be reinforced using externally bonded fibre reinforced polymer (FRP)
composites. This paper describes a nonlinear 3-dimensional finite element model which was developed in order to
accurately simulate the bending behaviour of unreinforced and carbon FRP plate reinforced glulam beams. The model
incorporates suitable constitutive relationship for each material and utilises anisotropic plasticity theory for timber in
compression. Failure of beams was modelled based on the maximum stress criterion. The results of the finite element
analysis showed a good agreement with experimental findings for load-deflection behaviour, stiffness, ultimate load
carrying capacity and strain profile distribution of unreinforced and reinforced beams. The proposed model can be used
to examine the effect of different geometries or materials on the mechanical performance of reinforced system.
KEYWORDS: Glulam, Carbon fibres, Reinforcement, Bending test, Finite element modelling

1 INTRODUCTION 1234
Timber is a traditional building material. High strength
to weight ratio, ease of workmanship and handling, good
resistance to aggressive environment, attractive aesthetic
appearance are some of the characteristics that make
timber interesting for use in construction industry. The
need for strengthening or reinforcing of timber structures
may arise for different reasons, such as mechanical
damage, destructive impact of the environment or
increased service load. In this context, the developments
of efficient and suitable reinforcing methodologies are of
great importance.
In recent years, increased availability and reduced cost
of fibre reinforced polymers (FRP) have simulated
research and use of these materials in the structural
engineering applications. FRP is an advanced composite
material which consists of many thin and long fibres
(glass, carbon or aramid) embedded in a polymer matrix.
Outstanding characteristics such as high stiffness and
strength, low weight, good durability (no corrosion),
electromagnetic neutrality, availability in different
shapes and flexibility, make FRP composites a
promising solution for reinforcement of timber members.
Placement of FRP reinforcement in tension zone of
timber beams may produce significant improvements in
the stiffness and ultimate load carrying capacity [1-13].
Furthermore, failure mode could be changed from brittle
tension failure in the unreinforced timber beams to
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ductile compression failure for adequately reinforced
ones.
Several published works have numerically investigated
the performance of FRP reinforced timber members [1417]. The main advantage of numerical analysis is that the
numerical models can be used to simulate the behaviour
of structures which if done in conventional ways would
require lot of experimental tests, time and money.
Numerical models can even be used to extrapolate
beyond the range of test data.
This paper presents a modelling approach dealing with
bending behaviour of glued laminated timber (glulam)
beams reinforced with carbon fibre reinforced polymer
(CFRP) plates. A 3-dimensional finite element model for
unreinforced and reinforced beams was developed using
the software package ABAQUS. The model uses
engineering constants and strength properties as input
data and includes both material and geometrical
nonlinearities. The accuracy of the numerical modelling
was verified by comparison of the predicted loaddeflection behaviour, stiffness, maximum load and strain
profile distribution with the measured experimental data.

2 EXPERIMENTAL WORK
The experimental research was conducted at the Material
Testing Laboratory of the Faculty of Civil Engineering,
University of Belgrade. The test program was carried out
on a total of eighteen glulam beams, including eight
unreinforced beams (Series A) and ten beams reinforced
with externally bonded CFRP plates at the tension side
(Series B). The unreinforced beams were investigated in
order to act as a control series for reinforced beams.
2.1 MATERIALS
The glulam beams were made from spruce timber (Picea
Abies) classified in the strength class C24 according to
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Figure 1: Bending test configuration

EN 338 [18]. The overall length of beams was 4000 mm
and the cross section was 80 x 210 mm. Each beam was
composed of seven 30 mm thick laminations. Glulam
manufacture procedure included a strategically balanced
arrangement with best quality laminations in the zone of
highest stresses. The phenol-resorcinol adhesive was
used for bonding the laminations.
The reinforcement selected in this study was a pultruded
CFRP plate with a cross section of 1.3 x 60 mm (Sika
CarboDur S613). This plate comprised unidirectional
carbon fibres in an epoxy matrix. The CFRP plate had a
tensile modulus of 165 GPa and tensile strength of 2800
MPa [19]. Epoxy adhesive (Sikadur-30) was used to
bond CFRP plates at the tension side of glulam beams.
Each beam was reinforced over a length of 3600 mm
centred on mid-span.
2.2 BEAM TESTING
Testing was conducted in accordance with EN 408 [20].
The beams were simply supported and tested in fourpoint bending configuration with two loading points at
the third span positions. The span of each beam was
3780 mm. A schematic illustration of the bending test
configuration is shown in Figure 1.
The load was applied monotonically until failure using a
hydraulic jack and recorded with a compression load
call. The specimens were supported on roller bearings at
the ends. Roller bearings were also used at the load
application points. The effects of local indentation both
at the load application and support positions were
minimized by placing steel plates. Lateral bracing was
provided so as to prevent lateral instability of the beams.
Deflections of the beams relative to the supports were
measured using linear variable differential transducers
(LVDTs). Strains were measured at various locations
throughout the beam’s height at mid-span with strain
gauges. All readings from strain gauges, LVDTs and

loading cell were recorded using a computerized data
acquisition system.
2.3 TEST RESULTS
The unreinforced glulam beams (Series A) exhibited
quite linear load-deflection behaviour until the point of
failure. All unreinforced beams experienced failures
brought about by excessive tensile stresses in bottom
laminations in the zone of maximum bending moment
between load application points. There were no signs of
compressive plasticization at the top lamination in any of
unreinforced beams.
Glulam beams with CFRP plate positioned on the
intrados surface (Series B) demonstrated ductile
behaviour. The failure mechanism of these beams was
characterized by tensile failure, with or without partial
plasticization in compressive zone. The load-deflection
behaviour showed linear elasticity until local fractures
occurred in the tension zone. Yielding of compressive
timber produced a nonlinear response that was ended by
a sudden drop of load as a result of tensile timber
rupture. The compressive zone displayed signs of
plasticization in the form of buckled fibre, but generally
it remained intact. The presence of shear cracks after the
initial tensile fractures was noticed in number of the
beams. In some cases, the tensile failure in timber was of
explosive nature, which caused CFRP plate to detach as
the fracture developed. The adhesion between timber and
reinforcement failed only after timber had ruptured.
The results of experimental tests in regard to maximum
load, maximum mid-span deflection and bending
stiffness for each beam series are summarized in Table 1.
The last column indicates the percentage increase in
given values relative to the unreinforced beams. The
effect of the reinforcement on the ultimate load carrying
capacity, stiffness and deformability is clearly
demonstrated.

Table 1: Experimental results from bending tests

Test series

Average

Minimum

Maximum load (kN)
A
37.9
32.3
B
59.1
48.4
Maximum mid-span deflection (mm)
A
59.9
50.5
B
93.8
71.0
Bending stiffness EI (× 1011 Nmm2)
A
6.46
5.88
B
7.73
7.20

Maximum

Standard
deviation

Percentage
increase (%)

45.4
70.1

4.6
7.3

56.0

66.7
123.5

6.0
17.4

56.5

7.29
8.31

0.50
0.38

19.5
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Strain distribution at mid-span across the height was
quite linear until failure in the case of unreinforced
beams. Tensile and compressive strains were almost
identical at different load levels. The position of the
neutral axis remained unchanged as the applied load
increased, which proved there was no plasticization in
the compression zone.
Linear strain distribution across the height could be
observed for the reinforced beams in the elastic region.
A non-linear strain distribution prior to failure could be
observed for the reinforced beams where plastic
behaviour in the compression zone was reached. Due to
the contribution of the CFRP plate, the neutral axis was
shifted towards the beam tension zone. No significant
variation of neutral axis position was recorded as the
applied load increased and plasticization in compression
zone occurred. The strain measured on CFRP plate
corresponded quite well to the strain measured in the
adjacent timber lamination. This indicates that there was
no appreciable slip between timber and reinforcement.
Table 2: Average failure tensile strains in timber

Test series
A
B

Tensile
strain (‰)
3.68
4.59

Percentage
increase (%)
24.8

The reinforced beams showed a noticeable improvement
in usable strains. Table 2 shows average ultimate tensile
strains in timber for test series. In addition to
improvement in tension strains, reinforcing allows for
greater compressive strain, which means better
utilization of timber mechanical properties.

3 NUMERICAL MODELLING
3.1 MODEL DEVELOPMENT
The numerical analysis was performed using the finite
element method and the Standard solver of software

package ABAQUS ver. 6.12 [21]. Both unreinforced and
reinforced beams were modelled. Geometry and loading
arrangements of the model were adopted in accordance
with the experimentally tested beams. Due to symmetry
in geometry, loading and boundary conditions, only 1/4
of beam was modelled while the removed parts were
replaced with appropriate symmetry constraints. The end
support was considered as a roller support which
restrained the beam from movement in the vertical
direction. Translation of the beam in the longitudinal
direction was permitted as it was in the experimental
investigation. Each lamination was modelled as a
separate part so that the material properties of individual
laminations could be incorporated in the model. As no
bond-line failures were observed in the test specimens, a
perfect connection was assumed to exist at bonding
interface between the laminations. The phenol-resorcinol
adhesive layer was not included in the model as it was
very thin. A perfect bonded connection was also
assumed to exist at the epoxy/timber interface and the
epoxy/CFRP interface as bonds of high quality were
established during the experimental testing. The model
also included steel plates at the loading and support
points placed in order to avoid stress concentrations. No
slip was included at the interface between steel plates
and timber surface.
The timber laminations, CFRP plate and epoxy adhesive
layer were modelled using eight-node solid finite
elements with reduced integration (C3D8R). These 3dimensional elements included three degrees of freedom
per node. A mesh discretisation study was carried out to
determine a suitable element size. Figure 2 illustrates
finite element mesh of models used in the proposed
analysis. Two finite elements were used through the
thickness of each lamination. For the CFRP plate and
epoxy adhesive layer, one element was used through the
thickness in each case. Finer mesh was generated for
lamination adjacent to the CFRP reinforcement, where
stress transfer from CFRP plate to glulam occurs. The

Figure 2: Mesh discretisation for unreinforced (Series A) and reinforced (Series B) beams
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bonding interfaces were modelled by multi-point
constraint (contact pairs), using “Tie constraint” option.
A static small displacement analysis was undertaken. A
series of vertical displacement increments were applied
as a line load over the width of the beam until the
established failure condition was satisfied. Geometrical
nonlinearities were considered. By the use of
geometrical nonlinearities, finite elements in the
numerical simulations are always formulated in the
current configuration using current nodal positions, with
the update of the stiffness matrix of the structure on
every increment [22]. The ultimate load carrying
capacity of the beams was determined by the maximum
stress criterion. Failure in model occurred once the
computed tension stresses in the longitudinal direction,
at a displacement step, reached the failure strength of the
timber lamination.
3.2 MATERIAL CHARACTERIZATION
Correct modelling of each defined material is very
important for achieving accurate predictions from the
numerical model.
Timber was considered to be orthotropic material. Three
main anatomical directions of wood were assigned to the
three principal axes, as described in Figure 3. Nine
independent constants (three modulus of elasticity, three
shear modulus and three Poisson’s ratios) were used to
describe the mechanical behaviour of timber.

criterion is a generalized version of von Mises’ yield
criterion which considers the anisotropy of the strength
of materials. Normal compressive yield stresses for the
three orthogonal directions as well as yield shear stresses
in the three shear planes were declared to satisfy the
criterion.


w,tu

ew,cu

e w,cy

1

Ew

e w,tu

e

w,cy
Figure 4: Constitutive law for timber

Modelling of other materials is more straightforward.
The CFRP composite was considered to be a liner-elastic
anisotropic material with transverse isotropy. The
constitutive low for CFRP plate can be expressed by
(Figure 5):

 f,t  Ef  e f,t

(2)

where σf,t is the CFRP plate tension stress, Ef is CFRP
material elasticity modulus, εf,t is tension strain in CFRP
plate. Epoxy adhesive and steel were treated as linearelastic isotropic materials.

(2): radial


f,tu

(3): tangential

(1): longitudial
Ef

Figure 3: Local coordinate system for timber

1

A linear-elastic relationship was utilised to define the
stress-strain behaviour of the timber in tension, while a
linear elastic-perfectly plastic relationship was employed
for timber in compression. The constitutive low for
timber can be expressed by (Figure 4):

 w,t  Ew  e w,t
 w,c  Ew  e w,c if e w,c  e w,cy
 w,c   w,cy

(1)

if e w,c  e w,cy

where σw,t and σw,c are, respectively, the timber tension
and compression stress, Ew is timber elasticity modulus,
εw,t and εw,c are, respectively, tension and compressive
strain in timber, and εw,cy is strain value at yield stress
σw,cy. The theory of anisotropic plasticity was applied in
the modelling so as to include plastic behaviour of
timber in top three laminations in the compression zone.
The Hill’s criterion [23] for orthotropic materials was
used as condition for transition to the plastic state. This

e f,tu

e

Figure 5: Constitutive law for CFRP plate

Material input parameters for the finite element model
were determined from material characterisation testing,
known relationships and published data available in the
literature. The materials’ properties were assumed to be
independent of loading rates. The effects of
environment, such as moisture and temperature, on the
behaviour of timber were not taken into consideration.
The material parameters of the timber, CFRP plate and
epoxy adhesive used for numerical simulations are
presented in Table 3. The modulus of elasticity of timber
(E1) in the longitudinal direction was determined
experimentally. Timber has different moduli of elasticity
for tension, compression and bending, but their values
are very similar and for practical purposes assumed to be
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Table 3: Material parameters of timber, CFRP plate and epoxy adhesive used in numerical modelling

Timber
Modulus of elasticity E (MPa)
E1
11,080
E2
886
E3
554
Poisson’s ratio ν (-)
ν12
0.37
ν13
0.42
ν23
0.47
Shear modulus G (MPa)
G12
791
G13
744
G23
79

(3)

G12 : G13 : G23  10 : 9.4 :1

(4)

E1 : G12  14 :1

(5)

80

11,200
11,200
11,200

0.3
0.3
0.03

0.35
0.35
0.35

5,000
5,000
1,000

-

Yield stress (MPa)

 11

 22

 33

 12

 13

 23

0

36.3

5.0

5.0

6.1

6.1

3.0

36.3

3.3 MODIFICATION
The fact that the tensile stress at failure in bending is
greater than that at failure in axial tension is taken into
account in material modelling of timber. The ultimate
tension stress will effectively be increased with addition
of FRP. Horizontal reinforcement in tension zone acts as
a bridge over the timber defects and damages, and
contributes to tensile capacity of the beam. Table 2
shows that the average extreme tensile strain at failure
increased for CFRP-reinforced beams over the
unreinforced beams. Large strains at failure indicated
large stresses at failure. Since no information was
available for the tensile strength in bending of reinforced
timber, numerical procedure was modified to account for
80

Series А

Series B

70
60
Load (kN)

60
Load (kN)

165,543
10,000
10,000

using small timber specimens. The yield stresses of
timber were considered to be equal to its compressive
and shear strengths in various directions. The estimation
of these properties was based on available material tests
of spruce timber from literature. The assumed yield
points are shown in Table 4. In order to simplify, the
same values were adopted for radial and tangential
directions.

where E1, E2, E3 are the moduli of elasticity in the
longitudinal, radial and tangential directions, and G12,
G13, G23 are the shear moduli in the shear orthotropic
planes. The values of Poisson’s rations ν12, ν13, ν23 were
adopted based on [24] for softwood.
The elastic parameters for CFRP plate were adopted
based on experimental tests (E1) as well as values given
in [25]. The properties in the plate thickness direction
were taken same as those in transverse direction. The
modulus of elasticity and Poisson’s coefficient for epoxy
based adhesive were set as specified by the manufacturer
[26] and by [27].
The critical point of the numerical procedure consists in
the selection of the most adequate values for timber limit
stresses. Due to the stress distribution effect in timber
flexural members, tensile stress at failure is greater in
bending than in axial tension. Hence, ultimate tensile
stress was assumed to be equal to bending strength (42.5
MPa) obtained in bending tests, which were conducted
70

Epoxy
adhesive

Table 4: Yield points assumed for numerical analysis

identical. The general relationships as expressed in [24]
were used to calculate the moduli in the transverse
directions and shear planes:
E1 : E2 : E3  20 :1.6 :1

CFRP
plate

50
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20

10

10

0

0
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Figure 6: Load-deflection curves for unreinforced (Series A) and reinforced (Series B) beams: comparison between experimental
tests (black) and numerical modelling (red)
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Table 5: Comparison between experimental results and numerical predictions

Test series

Experimental

Numerical

Maximum load (kN)
A
37.9
39.0
B
59.1
57.5
Maximum mid-span deflection (mm)
A
59.9
61.4
B
93.8
88.1
Bending stiffness EI (× 1011 Nmm2)
A
6.46
6.53
B
7.73
7.82
the enhancement of bending strength of timber using a
modification factor. In this case, according to the failure
tensile strain data, modification factor was taken as 1.25.

The numerical model was verified through the
comparison with the test results. The global responses of
the beams in terms of load versus mid-span deflection
obtained from experiments and from numerical analysis
are shown in Figure 6.
The load-deflection behaviour predicted by the finite
element model for unreinforced beams demonstrates
good agreement with the experimentally determined
behaviour. Simulated behaviour was entirely linear
elastic up to failure which replicated the behaviour of
experimentally tested unreinforced beams. The finite
element model shows close agreement with the
experimental load-deflection behaviour of the reinforced
beams. The non-linear behaviour of the experimental
beams before failure was also achieved in the numerical
model, confirming the finite element model to be
accurate past the linear-elastic range. The experimental
reinforced beams usually failed in tension zone after
compression wrinkling was experienced in the top
lamination and the finite element model simulated this
phenomenon.
The predictions of ultimate moment capacity, elastic
stiffness and deflection at failure obtained from the finite
element model are compared with results from the
experimental test program in Table 5. Average values
are given for the experimental results. The numerical
simulation demonstrated that addition of the CFRP plate

1.011
1.012
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20 kN - EXP

120

30 kN - EXP

90

10 kN - FEM

39 kN - EXP
20 kN - FEM

60

30 kN - FEM

30

39 kN - FEM

10 kN 20 kN 30 kN 40 kN 50 kN -

Beam B5

180

10 kN - EXP

Beam height (mm)

Beam height (mm)

1.025
0.939

210

Beam A5

180

1.029
0.973

at tension side of the section is successful in improving
the mechanical performance of glulam beam.
The theoretical values of ultimate load carrying capacity
were based on tensile failure in timber as most common
situation. The numerical results indicate that theoretical
and experimental values are very close with a difference
of approximately 3%. The predicted value of the
maximum load for unreinforced beam (Series A) was
higher than the experimental value. Considering the
influence of knots and other defects in timber, the error
is expected. With regard to reinforced beams with CFRP
plate positioned on the bottom side (Series B), the
ultimate load determined experimentally was higher than
the numerically obtained values. The predictions for
Series B beams are conservative probably as a result of
modification factor being greater for reinforced timber
than the value which was used for modelling. Another
possible reason for deviation is the variability of timber
bending
strength
determined
during
material
characterisation testing.
The predicted stiffness values agree well with those
experimentally determined, with the theoretical stiffness
values within 2% of experimental average values. It is
evident from these results that timber can be successfully
modelled as orthotropic material. The variability
associated with used elasticity modulus measurements is
believed to be the reason for deviation between the
numerical predictions and test results. Given that the
agreement of data is strong, it is confirmed that the
assumption of perfect adhesion between the CFRP and
timber is valid.
Correlation of the calculated and experimental values of
the mid-span deflection at failure shows satisfactory

4 RESULTS AND DISCUSSION
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Figure 7: Strain profiles at different load levels for unreinforced (Series A) and reinforced (Series B) beams: comparison between
experimental tests and numerical modelling
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compatibility, with somewhat noticeable difference in
the case of Series B reinforced beams (about 6%). The
finite element model underestimates the extent of ductile
behaviour for reinforced beams and this is believed to be
a consequence of variations associated with compressive
strength of timber in the top lamination. The higher
values of experimentally recorded deflection can also be
explained by the post failure behaviour of some beams.
The strain distributions at mid-span across the beam’s
height predicted by the finite element model are
illustrated for different load levels in Figure 7. A good
indication of the behaviour is achieved from the
simulated strain profiles for both unreinforced and
reinforced beams. The difference that exists between the
numerical predictions and experimental measurements is
as a result of an average timber modulus of elasticity
being used for each entire lamination. In reality each
lamination is inhomogeneous and the material properties
of timber will vary throughout. Also, reason for
deviation in the non-linear region is that the plane
section does not remain plane after plastic deformation
but in the numerical analysis it was assumed that the
plane section remains plane.

5 CONCLUSION
A 3-dimensional nonlinear finite element model was
developed in order to simulate the bending behaviour of
unreinforced and CFRP plate reinforced glulam beams.
A modelling approach based on elasto-plastic and
orthotropic characteristics, Hill’s plasticity criterion and
perfect bonded connection between CFRP and timber
was presented. Predictions from the model showed good
agreement with the experimental results for loaddeflection behaviour, stiffness, ultimate load carrying
capacity and strain profile distribution. The proposed
numerical methodology can thus be helpful in analysing
test results and better understanding the mechanical
behaviour of unreinforced and reinforced glulam beams.
The developed model is easily adjustable to different
loading configuration, beam dimensions, material
properties and reinforcement percentages. Therefore, it is
a valuable tool which can be used to optimise the design
of timber beams reinforced with FRP plates.
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Numerical model of threaded rod withdrawal from wood along the grain
Katarzyna Ostapska-Luczkowska1, Kjell Arne Malo2
ABSTRACT: This paper presents a numerical material model for the withdrawal behaviour of screwed-in threaded
rods embedded in wooden elements along the grain direction. Model aims to provide withdrawal stiffness assessment of
one such fastener based on the real physical mechanisms occurring at the interface of two materials. Axisymmetric
model is assumed and wood is modelled as transversely isotropic material. The model is validated by experimental data
and a sensitivity study of the effect of boundary conditions, contact formulation and material parameters is performed.
KEYWORDS: wood-metal fastener connection, fracture, ABAQUS, cohesive zone, threaded rods, mode failure II

1 INTRODUCTION 123
Threaded rods are relatively new connector types for
timber structures and they are subject of intensive
research currently. They are convenient alternative to
glued-in rods due to comparably easy assembly, and also
to dowel type connections due to minimal initial lack of
stiffness. However the mechanisms which govern the
behaviour of such connections are not well described by
the present analytical and numerical models. In general,
ambiguous definition of connection’s stiffness makes it
difficult to obtain coherent data. Therefore numerical
simulations can give a better insight and predict
structural behaviour. However, models should be based
on a real material behaviour to be universally applicable
and successfully undergo verification with different
experimental setups.

2 WOOD FRACTURE
As a result of the anisotropic nature of the wood many
different failure modes can be observed. However, it is
very difficult to obtain a pure mode failure in real
structural behaviour. Therefore, it is important to
identify the mode which initiates failure. Special cases,
when pure mode behaviour can be observed may be used
to determine fracture energy. In the withdrawal of a
threaded rod along the grain a simplification of assuming
axisymmetric model was made. The shear strength in RL
and TL planes was varied.
LEFM- Linear Elastic Fracture Mechanics has several
requirements to be used as a tool to assess timber
structural performance. First of all it is based on the
existence of notch in which high concentrated stresses
occur. Secondly the orthotropy of wood complicates the
1
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definition of pure mode fracture. Moreover the stress
distribution is assumed to be unaffected by relatively
close boundary conditions of any type. This limits
LEFM applicability and excludes connections, where
ideal stress distribution is hardly obtainable. In certain
cases it can be used for the prediction of crack initiation
and therefore the determination of limit state with
fracture toughness parameter. The exception concerns
load configuration where perpendicular to grain
compression occurs. Then the softening caused by
collapsing cells absorbs too much energy for the LEFM
to be applicable without major error in fracture
properties assessment. Non-linear fracture mechanics
aims to describe process of fracture and takes into
account non-infinite stresses at the crack tip and the
existence of a certain zone where crack progresses.
Several methods are known, for example: XFEM [7],
cohesive zone, bridged crack model and lattice fracture
model.
2.1 BASIC MACROSCALE FAILURE MODES
Fracture mechanics deals with the three independent
modes based on the loading configuration, which are
independent of the material structure. The opening, inplane shear and out of plane shear are enough to describe
isotropic material on macroscopic level. The modes are
presented on Figure 1. For an anisotropic material there
are six planes on which fracture can propagate, see [2],
and on each plane there are three modes when failure can
occur. Some of them are presented on Figure 2.

Figure 1: General modes of failure: a) mode I-opening,
b) mode II- in-plane shear, c) mode III- out-of-plane shear.
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3 COHESIVE ZONE

Figure 2: Selected modes of failure in wood at macroscopic
level.

2.2 MICROSCALE FRACTURE
Microscale processes are determining the macroscale
failure behaviour of wood. The weaker early-wood cells
are more prone to initiate failure and rule its subsequent
propagation. So is the intermediate layer of lignin that
surrounds the fibres. This results in practice, in
predominance of RL and TL modes. Even in the cases
where crack is initiated in LT or LR planes, the
propagation shifts into modes RL and TL with incidental
occurrence of through fibre failure. This is easily
observed in the longitudinal tension test, see Figure 3.

The cohesive zone model was first introduced by
Hillerborg [10] under the name fictitious crack model
and applied to model brittle smeared cracks in concrete.
Application to wood was also discussed by Hillerborg in
[13]. The currently implemented tools in FEA (Finite
Element Analysis) software allow for introducing
cohesive zone as an interaction between lines or surfaces
or as elements in 2D or 3D. In both cases, the
constitutive behaviour before damage, damage initiation
criterion and damage evolution have to be specified to
describe material behaviour from linear elastic to failure.
Concept of cohesive zone is based on the fracture
energy, which is the energy released during the process
of fracture until eventual failure, and assumes that it is
an inherent material property, defined as:
𝐺𝑓 = ∫ 𝜎𝑡 𝑑𝑢
𝑁

In equation (1), 𝐺𝑓 [ ] denotes fracture energy of the
𝑚

𝑁

selected failure mode, 𝜎𝑡 [ 2 ] is traction on the crack
𝑚
surface and 𝑢 is the displacement. For the mixed-mode
mechanism the total energy has to be specified as stated
in Equation (2):
𝐺𝑇 = 𝐺𝑛 + 𝐺𝑠 + 𝐺𝑡

(2)

𝐺𝑛 is fracture energy for the mode I and 𝐺𝑠 and 𝐺𝑡 for the
mode II in the first and second shearing directions,
respectively. Two of the three mode fractions are defined
together with total fracture energy 𝐺𝑇 as an input data
according to the Equations 3:
𝑚1 =
𝑚2 =
𝑚3 =

Figure 3: Macroscale fracture modes occurring in the along
fibre tension test: a) splintering tension, b)tension and shear,
c)shear, d)tension, based on [1].

(1)

𝐺𝑛
𝐺𝑇
𝐺𝑠
𝐺𝑇
𝐺𝑡

(3)

𝐺𝑇

Linear properties are modelled by specifying stiffness
matrix in normal direction and two tangential directions
to the crack surface. The criterion of fracture can be
specified either through stresses (traction) or
displacements (separation). Both maximum and
quadratic criterion can be utilized. Graphical
representation of the latter is presented on Figure 8.

Figure 5: Cohesive zone model schema (left) and tractionseparation relation (right).
Figure 4: Geometry of the simplified thread used in the
axisymmetric numerical simulation.
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4 NUMERICAL MODEL
4.1 NUMERICAL SETUP AND MATERIAL
DATA
To withdrawal of an axially loaded threaded rod was
modelled by use of axisymmetric element. The model
was implemented in Abaqus and solved with an implicit
solver. Dynamic effects were not considered. The
geometry is shown on Figure 8 and thread detail is
depicted in Figure 4. Figure 7a and 7b show wood
orientation for two different locations of the pith. The
assumption of axisymmetry is well founded only in the
latter case, where natural wood concentric orientation is
chosen. However, random location of the pith in relation
to rod in the wood specimen has to be accounted for in
the model. In axisymmetric material simplification only
one value can be assigned in the selected direction. The
material strength properties used for Norway Spruce are
presented in the Table 1.
fLt

fLc

fRt

fRc

fTt

fTc

fLR

fLT

fRT

63

29

4.9

3.6

2.8

3.8

6.1

4.4

1.6

Table 1: Material strength parameters of wood [MPa]:
Norway spruce [5].

fLR

fLT

Average from the
ellipsoidal distribution

6.1

4.4

5.17

Mean value
5.28

Table 2: Shear strength along the grain average values [MPa].

Better knowledge on this subject can be obtained by
studying the withdrawal capacity as function of the pith
orientation. Apparently higher strength can be observed
in the mixed mode behaviour than the pure mode value
in mode I or II.

Figure 6: Assumed values of shear strength along the rod
perimeter with different axis position to the pith.

fτ=5 MPa

30

P [kN]

The shear strengths in planes LR and LT differ from
each other by about 28%. In the assumed model some
intermediate value of shear strength was proposed. The
value was derived by averaging scheme with underlying
assumption of ellipsoidal distribution of strength along
the rod perimeter. The average was obtained from
ellipsoidal envelope of extremum values, see Figure 6.
The enveloping area of ellipsoidal ring was assumed an
integral of shear strength values along the rod perimeter.
Its average value was obtained through division by
central perimeter. The average values for the shear
strengths from Table 1 are presented in Table 2. The
parametric study with different shear values was
performed for rod of length L=100mm and its results are
depicted on Figure 7. The increase in the value of the
ultimate force is around 13% with the shear strength
increase of 22% from 5 MPa to 6.1 MPa.

25

fτ=5,17 MPa
fτ=5,28 MPa

20

fτ=6,1MPa

15

10

5

0

0

0,1

0,2

0,3

0,4

0,5

0,6

displacement [mm]

Figure 7: Force-displacement curves for different shear
strength values in the model with rod length L=100mm.
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ELL
9040

ERR
790

ETT
340

nLR
0.5

nLT
0.66

nRT
0.84

G12
580

G13
640

G23
30

Table 2: Material properties for simulation of wood: Norway
spruce [5].

Stiffness coefficients for linear elastic traction separation
behaviour were assumed similar as wood stiffness
moduli in respective directions, see Equation (4) based
on [12]:
𝑡𝑛
𝐾𝑛𝑛
𝑡 = [ 𝑡𝑠 ] = [ 0
𝑡𝑡
0

0
𝐾𝑠𝑠
0

𝛿𝑛
0
0 ] ∙ [ 𝛿𝑠 ] = 𝑲𝜹
𝐾𝑡𝑡
𝛿𝑡

(4)

No coupling between stiffness coefficients was
specified, therefore all terms outside diagonal of 𝑲
matrix were assumed zero. The maximum stress criterion
was used to model damage initiation. Damage evolution
is governed by fracture energy for mixed mode
behaviour with linear softening. Mode I and II are
considered in this model. Energy defining fracture due to
shear stresses was defined as 500 N/m in normal
direction (in this case normal was assumed radial, Gf,RR)
and 900 N/m in tangential direction that corresponds to
GF,TL. Total energy was then 1.4 N/mm.
FRACTURE
ENERGY
[N/m]

GF,RR

GF,TT

GF,RL

Mode I

180
337
-

230
213
298
283

-

-

680
-

Mode II

Figure 8: Numerical models: a) lay-out with wood pith far
away from rod axis, b) lay-out with wood pith coinciding with
rod axis, c) draft of geometric input in the Abaqus.

FE simulations were performed for different rod lengths
and different support distance from the threaded rod
axis. Material models for wood and steel were assumed
linear elastic. Wood was modelled as orthotropic with
cylindrical coordinates LRT-Longitudinal, Radial and
Tangential. Material data for Norway Spruce are
presented in Table 2. There is scarcity of fracture
toughness and fracture energy data for Norway Spruce,
especially for the mode II in both TL and RL
configuration. Hard contact behaviour between steel
surface of rod and wood in between threads was
assumed in the normal direction and frictionless
behaviour in the tangential direction. Cohesive zone
behaviour was introduced as an interaction of wood parts
between thread and the surrounding wood.

-

GF,TL

-

965
1240
877

Table 4: Fracture energy material data from literature:
Norway spruce [2].

Figure 9: Mix mode rule for fracture evolution based on the
fracture energy: quadratic traction-separation criterion
graphical visualization [12].
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The shear stress distribution along the rod length is
presented on Figure 12. Depending on the stage of
loading, different curves were depicted. For points 1-3
on the force displacement curve from Figure 12 the shear
stress distribution is similar to the linear elastic
behaviour, estimated in [14].
90

L=450 mm

80
70
Force [kN]

4.2 RESULTS
The results obtained from the axisymmetric models are
presented in the Figure 11 in the form of forcedisplacement curves for every rod length. Increasing
length of the rod results in increasing stiffness, however
influence for the rods over 300 mm is negligible. The
stiffness of the connection is prevalently ruled by the
boundary condition configuration and contact definition.
According to the sensitivity study the support distance
(see Figure 15) shows around 10 kN/mm less in
withdrawal stiffness for the rods of length L=100 mm.
This amounts to the approximately 20% decrease which
becomes less emphasized with the increasing rod length.
The axisymmetry enforces application of boundary
conditions on the whole perimeter. This may additionally
increase stiffness but was nevertheless chosen to
simplify the model for parametric study purposes.
Moreover the steel plate used in the real experiment setup shown on Figure 9 may justify the axisymmetric
approach. The width of the timber element extending
behind the supporting beams had insignificant influence
on the results of simulation.

L=300 mm

60

L= 200 mm

50
40

L= 100 mm

30
20
10
0

0,2

0,4

0,6

0,8

Displacement [mm]

Figure 12: Numerical Force-displacement curves for different
rod lengths.
5,00

4- fractured length

4,50

4- linear-elastic length

4,00

τ [MPa]

3,50

3

3,00
2,50
2,00

2

1,50
1,00

Figure 10: Experimental set-up from [11-Figure 3], a) 3D
visualization b) plan view c) side view d) plate geometry
e) photo.

5

0,50
0,00
0,00

1

50,00
100,00
150,00
distance along the length of the rod [mm]

200,00

Figure 13: Shear stress distribution along the length of the

200 mm rod for subsequent load increment steps 1-5
represented on the force displacement curve in Figure 14.

4

60

Force [kN]

50

3

40
30

2

20

0

Figure 11: Stress distribution on the first two threads and
along the whole thread just before the peak value for the rod
length L=300 mm.

5

1

10

0,2
0,4
Displacement [mm]

0,6

Figure 14: Force-displacement curve for L=200 mm rod with
selected data points for shear stress distribution on Figure 13.
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effect vanishes for 300 mm total timber depth. The data
for bottom depth extension (DE on Figure 8c) are
consistent with experimental set-ups and therefore not
increasing in relation to rod length but rather to keep
total dimension within range of 300-650 mm. This
causes the specimen with rod length L=200 mm and
L=100 mm timber depth extension (DE) beyond that to
be stiffer initially than the specimen with rod length
L=300 mm and DE=50 mm timber depth extension
beyond. Increase in support distance from rod axis (BCdistance) resulted in small increase in ultimate force
beside expected drop in stiffness. This is caused by
higher compliance of the timber surrounding rod that
facilitates wider opening and therefore lowers direct
shear force that causes ultimate failure of connection.
90

P [kN]

At stage 4, along a certain length fracture takes place
whereas the rest of the length is characterized by linearelastic behaviour. The peak shear stress is indicating the
length of the connection in the nonlinear stage of
loading. The distribution of S12 (Second Piola-Kirchhof
shear stress component) along the rod and on first two
threads in detail is depicted on Figure 11. Several
sensitivity studies were performed to investigate the
effect of several parameters on the models behaviour.
Boundary conditions (BC on Figure 8c) with fixed
displacements and rotations were compared with the
case when only vertical displacement is fixed (allowing
for slide of timber horizontally). The least stiff
configuration was found to be around 30% lower than
the highest. Moreover the influence of the friction
coefficient could be disregarded with fully fixed BC but
should be considered in the opposite case. This is due to
the friction playing considerable role with the opening of
timber which is almost not allowed with fixed BC. The
over-constraint in the direction perpendicular to the rod
makes the model insensitive for friction coefficient
adjustment.

80
70
60
50

30

40
30
P [kN]

25

20
10

20

0
15

0

0,2

10

0,6

0,8

L100 no bottom
L200 no bottom
L300 no bottom
L450 no bottom

1

Figure 16: Sensitivity study for different rod lengths with

5

different timber element length beyond rod length (bottom).

0

0,1

0,2

0,3

0,4

L=100mm, slide BC,friciton= 0.2

0,5

0,6

0,7

L=100mm, slide BC, frictionless
L=100mm, fixed BC, frictionless
L=100mm, fixed BC, friction=0.4

Figure 15: Sensitivity study for the rod of length L=100mm

with different BC and contact parameters.

Stiffness sensitivity to the BC relaxation proved to
become marginal for rods over 600 mm length.
Parametric studies were performed for rods of length
L=100, 200,300,450 and 600 mm. Both timber element
extension (see DE on Figure 8c) beyond rod length,
depicted in Figure 17, and support distance (see BC
distance on Figure 8c) from the rod axis, shown on
Figure 16, cause similar response of the model. Timber
depth extension (see DE on the Figure 8c) was especially
pronounced for 100 and 200 mm rods which can be
explained by relatively small depth of element causing
three point bending and beam-like behaviour of the
whole connection. With the distance of the supports on
the external (BCE on the 8c) being around 260 mm this

90

P [kN]

0

0,4

L100 bottom=200
L200 bottom=100
L300 bottom=50
L450

80
70
60
50
40
30
20
10
0

0

0,2
0,4
L100 bottom=200
L200 bottom=100
L300 bottom=50
L450 bottom=50
L600 bottom=50

0,6

0,8
1
L100 no bottom
L200 no bottom
L300 no bottom
L450 no bottom
L600 no bottom

Figure 17: Force-displacement curves with BC-distance
(Figure 7c) of 90 mm (—) and 120 mm(----) and for varying
embedment lengths.
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150

illustrated on the Figure 19. The cross sectional areas
considered are effective ones. For wood the evaluation is
based on the Equation (5) below:

100

𝐴𝑤,𝑒𝑓𝑓 = 2 ∙ 𝑏 ∙ {𝑠𝑠 + min (𝑒, ) + min ( , )}

200

Axisymmetric
Simulation
Experiment

50
0
100,00

200,00

300,00

400,00

500,00

600,00

Figure 18: Stiffness of the rod-timber connection for different
rod embedment lengths

𝑙

𝑠 𝑙

6

2 6

(6)

where 𝑏 is the width of the support area (which is the
appropriate perimeter in case of axisymmetry), 𝑠𝑠 is
support length(see Figure 8c), 𝑒 is timber width
extension beyond support (see WE on Figure 8c) and 𝑙 is
rod length. The graphical comparison of withdrawal
stiffness in the function of rod length was presented on
Figure 18.

4.3 COMPARISON WITH EXPERIMENTAL
DATA
For the validation of the numerical model the
experimental data reported by Stamatopoulos, [14] were
used. Maximum forces obtained in the experiments and
from numerical simulations using cohesive zone
modelling were compared. Theoretical estimation based
on Volkersen theory, provided in [11], was included in
the comparison as well. The withdrawal stiffness was
additionally evaluated for numerical data and compared
with respective values from [11]. The data comparison is
presented in Table 6.
Stiffness evaluation was based on the equivalent shear
stiffness parameter Γ𝑒 obtained by regression analysis
described in the [11] and [8] performed for numerical
data obtained by the authors of this paper. The utilized
equations (5) are presented below:
𝐾𝑤 = 𝜋 ∙ 𝑑 ∙ 𝑙 ∙ Γ𝑒 ∙

tanh(𝜔)
𝜔

𝜔 = √𝜋 ∙ 𝑑 ∙ Γ𝑒 ∙ 𝛽 ∙ 𝑙 2
𝛽=

1

𝐴𝑠 ∙𝐸𝑠

+

1

𝐴𝑤 ∙𝐸𝑤,𝛼

(5)

,

where 𝐾𝑤 is the withdrawal stiffness, 𝑑 is rod diameter, 𝑙
is rod length, 𝐴𝑠 , 𝐴𝑤 and 𝐸𝑠 , 𝐸𝑤,𝛼 are the cross-sectional
areas and the Young moduli in the load direction for
steel and wood, respectively. Data calculated for
different rod lengths are shown in the Table 5 below:
𝑙 [mm]

Ge [MPa]

de [mm]

dw [mm]

Aweff [mm2]

100

11,9

0,35

0,36

9215

200

16,0

0,33

0,36

11729

300

12,6

0,36

0,51

13823

450

10,8

0,37

0,61

16965

600

10,0

0,45

0,61

18535

Table 5: Equivalent shear coefficient Ge and corresponding
displacements de and dw for different rod lengths obtained for
numerical data according to method described by H.
Stamatopoulos [14].

The de and dw are maximum elastic displacement of the
shear zone and maximum displacement until the failure
respectively. The procedure of evaluating Ge is

Figure 19: Stress distribution on the first two threads before
damage initiation (left side) and after (right side).

5 CONCLUSIONS
The stiffness in the axisymmetric model is considerably
larger than the average obtained from experiment in [8].
The difference is on the constant level of around 30%
(Table 6) which can be attributed to idealization of
material properties without considering imperfections,
initial damages caused by screwing in rod and additional
crack forming in the planes RL and TL. The 3D study
with hexagonal finite elements including detailed model
of set-up parts e.g. plate with circular hole, steel beams
and base with connecting rods, should be built to include
all the effects affecting stiffness. The sensitivity study
performed with the axisymmetric elements with cohesive
zone application allows parameter identification for the
3D model without the huge computational effort and was
utilized herein as a preliminary study of the failure of
threaded rods. The study presented in this paper revealed
the need for material data concerning wood fracture both
in pure modes I, II and in mixed modes with different
orientation. Fracture energy for Norway Spruce shear in
RL and TL planes requires detailed investigation. Focus
should be given on strength under combined shear on
those planes, caused by rod withdrawal. Moreover
helical shape of the thread was disregarded and its
influence both on stiffness and ultimate failure force
should be considered in full 3D model. The
underestimation of ultimate force is believed to be
directly coupled to overestimation of stiffness for rods
with larger lengths. The splitting in RL or TL plane that
may occur during withdrawal of the rod together with
accurate transverse stiffness are crucial factors that
decide the overall withdrawal stiffness and ultimate
capacity.

Kw [kN/mm]

Puw [kN]
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Rod
length
[mm]

Experiment
[kN]

Theory
[kN]

Numerical
[kN]

100

27,30

27,2

200

-

-

Error for numerical
simulation
Experiment

Theory

27,1

0,56 %

0,2 %

54,5

-

-

300

89,7

79,7

75,3

16,0 %

5,5 %

450

130,2

115,4

82,7

36, 5 %

28,3 %

600

161,6

146,4

84,7

47,6 %

42,1 %

100

54,6

55,4

42,2

22,7 %

-26,9 %

200

-

-

153,6

-

-

300

121

119,2

158,4

-30,9 %

-32,9 %

450

121,8

135

166,1

-36,4 %

-23,0 %

600

128,6

140,4

168,1

-30,7 %

-19,7 %

Table 6: Comparison of numerical simulation results with
experimental data and theoretical estimations from
Stamatopoulos [8].
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EXPERIMENTAL AND NUMERICAL STUDY ON LONGITUDINALLY
CRACKED WOOD BEAMS RETROFITTED BY SELF-TAPPING SCREWS
Yajie Wu1, Xiaobin Song2, Yingmin Jiang3, Xianglin Gu4, Mingqian Wang5
ABSTRACT: The load-carrying capacities of beams generally decreases with its crack propagation. This paper
summarizes the results of an experimental and numerical study on the flexural behaviour of longitudinally cracked
wood beams retrofitted using self-tapping screws. Four-point bending tests were conducted on thirteen full-scale beam
specimens to investigate the failure modes and maximum load-carrying capacities. The test results indicated that selftapping screws could prevent the cracked beams from parallel to grain shear failure and tie up the limbs that separated
by the cracks to work collaboratively. Small clear wood specimens were tested to obtain the material mechanical
properties, and size effect was considered in the numerical simulation to make reliable predictions. Numerical
simulation results were found in good agreement with the experiment results, which implies that the developed model
can be used as reference for retrofitting cracked wood beam by use of self-tapping screws.
KEYWORDS: Self-tapping screws; wood beams; longitudinally cracked; bending test; numerical simulation

1 INTRODUCTION 123
Wood has been commonly used as the construction
material in a variety of historical buildings and modern
structures such as gymnasiums and bridges. Under the
combined effect of external loads, moisture changes and
fugal decay, those structural timber beams often split
horizontally near the ends or have the heart checks along
the longitudinal direction [1-2]. Since wood has the
relative low tensile strength perpendicular to grain and
the poor shear resistance parallel to grain, such
longitudinal cracks propagate both in depth and length
direction, increasingly impairing the integrity of the
elements and deteriorating the working performances.
Retrofitting of such members is an urgent need for
preserving the precious historical heritage, and is an
economical alternative for maintaining and enhancing
the load-carrying capacities of components in service.
Many techniques have been developed to strengthen the
cracked wood beams. Advanced composite materials,
including carbon fibre reinforcement polymer (CFRP)
and glass fibre reinforcement polymer (GFRP), have
been proved to be effective to improve the bearing
capacities of the beams [3-4]. Experiments indicated that
U-shape diagonal sheets warping in the shear span was
1
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2
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more effective in shear strengthening than U-shape
vertical sheets warping [5]. However, CFRP sheets and
GFRP sheets were not applicable to the structural
members which have strict requirements on the
appearance. Inserting the GFRP dowels in holes at the
centre of beam improved the shear strength, and GFRP
bars mounted in the tensile zone near the surface
enhanced the flexural strength, but this method was
time-consuming and its effeteness was highly dependent
on the bond behaviour between GFRP and the epoxy [6].
Long hex bolts and long lag screws were also applied to
retrofit the old beams with horizontal splits by drilled
from the top to the bottom of the beam, significant
improvement in the residual load capacity was observed
[2], whereas it needed pre-drilling therefore lacked
flexibility.
Recently, self-tapping screws have been used to
reinforce wood members with hole or connections as
inserted in the weak perpendicular-to-wood-grain
direction [7-11]. Experimental studies showed that selftapping screws helped postpone the occurrence of the
perpendicular-to-grain cracks and alleviate their spread.
It was also found that self-tapping screws could be
firmly embedded into the wood and bind the column
limbs separated by longitudinal cracks together, making
them working collaboratively under axial compression
[12]. In addition, the application of self-tapping screws
does not require drilling in advance, therefore it is much
more convenient and time-efficient.
To validate the effectiveness of retrofitting of
longitudinally cracked wood beams with self-tapping
screws, four-point bending tests were conducted. This
paper presents the experimental resluts on the cracked
beams retrofitted by self-tapping screws. The numerical
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study was conducted based on the bending tests and
material property tests.

2 EXPERIMENTAL STUDY

the previous study [12], and the crack length was 2400
mm, as shown in Figure 1. To ease stress concentration,
a chamfer with a radius of 3 mm was made at each end
of the slot.

2.1 MATERIALS AND SPECIMEN
PREPARATION

Table 1: Detailed information of specimen groups

A total of thirteen beams were prepared and tested.
These beams were divided into three groups: the intact
group L1, the cracked group L2 and the retrofitted group
RL1. Specimen groups L1 and L2 contained five
replications, and specimen group RL1 included three
replications, as listed in Table 1. All the beam specimens
were made from Douglas fir lumber. The lumber was
purchased in a local mill and were picked out randomly.
The beam specimens had a cross section of 100 mm×200
mm and with a length of 3800 mm, the experimental
span-to-depth ratio was designed as 18 according to the
specification in GB/T 50329-2012 [13]. To simulate the
cracking of the beams and better quantify the test results,
an artificial crack was created along the longitudinal axis
of each L2 and RL1 specimen. The crack was slotted at
the middle point of the cross section and was placed in
the middle span. The slot width was 6 mm, referring to

400

200

P

600

Specimen ID

Replication

L1-1~L1-5
L2-1~L2-5
RL1-1~RL1-3

5
5
3

Specimen
status
Intact
Cracked
Retrofitted

Self-tapping screws (supplied by a Germany based
company, Wurth®) were applied to retrofit the cracked
beams, with its diameter of 6 mm and a length of 200
mm. To prevent the parallel to grain shear failure, selftapping screws were inserted into wood along 45 degree
in shear span. The spacings in non-cracking area and in
cracking area were 100 mm and 200 mm, respectively,
as also shown in Figure 1.

600

P

200

400

200 200 200

200

200 200 200

Specimen
group
L1
L2
RL1

100

200 200 200

300

Screws

700

6 mm wide crack

300 200 200 200

2400

100

100

700

Figure 1: Specimen configuration

2.2 MATERIAL PROPERTY TESTS AND
RESULTS
To obtain the mechanical properties of wood, small clear
specimens were fabricated and tested according to the
specifications in ASTM 143-09 [14]. Tension-parallelto-grain tests, compression-parallel-to-grain tests, shearparallel-to-grain tests and tension-perpendicular-to-grain
tests were conducted to determine the tensile strength
parallel-to-grain ft0, compressive strength parallel-tograin fc0 and initial elastic modules Ec parallel-to-grain,
shear strength parallel-to-grain fτ and tensile strength
perpendicular-to-grain ft90, respectively. For each test,
five wood cuboids were taken from each beam specimen
after the bending test, and then these rectangular blocks
were recut and polished to specific shapes, as shown in
Figure 2. Minimum sectional dimension of each small
clear specimen was measured by digital vernier callipers
before testing. The tests were loaded under specific rate
to failure. Maximum loads of specimens were recorded
and the material strengths were calculated as maximum
load/minimum sectional area. The average results of
material test are listed in table 2. Self-tapping screws
were tensioned to obtain the yield strength according to
the specification in GB228-2002[15], tests showed the

average yield strength is 474 MPa, the coefficient of
variation is 0.02.

(a)

(d)

(b)

(c)

(e)

Figure 2: Small clear specimens and test setup
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Table 2: Results of material tests

Specimen
ID

tensile strength
parallel-to-grain
ft0

L1-1
L1-2
L1-3
L1-4
L1-5
L2-1
L2-2
L2-3
L2-4
L2-5
RL1-1
RL1-2
RL1-3

174.27
76.81
75.84
64.30
116.08
108.65
86.95
63.05
135.92
80.92
92.11
161.00
145.01

compressive
strength
parallel-to-grain
fc
44.85
31.62
38.65
24.59
32.92
30.51
34.94
33.59
35.33
30.20
37.03
46.15
48.19

shear strength
parallel-to-grain
fτ

tensile strength
perpendicularto-grain ft90

initial elastic
modules Ec

5.38
3.19
4.06
2.93
4.73
6.71
1.89
4.26
3.72
1.89
5.47
5.35
5.14

3.70
2.11
1.83
2.47
3.02
2.50
1.92
1.53
1.49
2.02
1.94
1.98
2.65

17381
15947
12081
7887
13923
9563
9381
13900
9686
13685
6429
7646
8625

2.3 TESTING DEVICE AND LOADING SCHEME
Four-point bending tests were conducted in Tongji
University, Shanghai, China. The specimens were
horizontally placed and simply supported on both ends.
A load-sharing steel beam was placed on the wood
specimen in the mid-span and also simply supported. A
hydraulic actuator, with a maximal loading capacity of
500 kN and maximal actuating range of 250 mm, was
placed on the mid-span of the steel beam to apply a
concentrated load. The load mode was displacement
controlled. The loading rate was 3 mm/min [14]. The
layout of the testing device is shown in Figure 3.
Sectional dimensions and moisture contents of
specimens were measured before testing. The moisture

2.4 DATA MEASUREMENT
The concentrated load was measured via the built-in load
cell of the hydraulic actuator. Linear variable differential
transducers (LVDT) was set up to measure the
displacement of the mid-span. To measure the strain
distribution of mid-span cross section, strain gauges
were glued along the sectional height of the mid span.

Hydraulic actuator

Load-sharing beam

Simply supported
beam specimen

content was found to be roughly 11% on average.
Preloading was conducted in order to make the
equipment contact and check the state of displacement
and strain gauges. The preload was 10% of the estimated
ultimate load of beams. Then the specimens were loaded
to failure or to the 80% of the peak load.

Strain gauge

LVDT

Figure 3: Four-point bending test and layout of the testing device

3 TEST RESULTS
3.1 TYPICAL FAILURE MODES
All the intact beams occurred bending failure. Although
the wood tensile strength (according to the small clear
specimen tests results) was greater than the compressive
strength parallel to grain, as the knot existing in the
bottom of the beam, the specimen was easily loaded to
fracture, beginning with the cracking around the edge of

the knot, quickly spreading obliquely through the
specimen, as shown in Figure 4(a). And the loadcarrying capacity was suddenly lost, therefore the failure
mode of intact beams belonged to brittle failure.
For the cracked beams, two failure modes were observed
in the experiment. The slot separated the beam into two
independent limbs in pure bending span, which each
moment of inertia was a quarter of the intact beam. With
knots existing in the bottom of the beam, the specimen
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easily occurred flexural failure, as shown in Figure 4(b).
As for specimens with few knots, since all the horizontal
shear force was resisted by the intact part in shear span,
as a result of a limited shear-resisting area and increasing
shear force, one of the ends of beam occurred shear
failure parallel to grain, as shown in Figure 4(c), the
maximum slippage found in the specimens was about 11
mm.
Compared with the intact beams and cracked beams,
specimens retrofitted by self-tapping screws exhibited a

much more ductile failure mode. The self-tapping screws
helped the cracked beams to resist the horizontal shear
force and prevented them from shear failure parallel to
grain. Moreover, the self-tapping screws firmly tied up
the separated limbs, thus improving the integrity of the
specimens. The spread of bending cracks were alleviated.
Remarkable bending deflections were observed. And the
retrofitted beams showed a high residual load-carrying
capacity after the first cracking, and were still capable of
carrying loads.

(a) Bending failure

(b) Bending failure

(c) Shear failure

(d) Bending failure
Figure 4: Typical failure modes

3.2 LOAD AND MID-SPAN DISPLACEMENT
CURVES

3.3 LOAD AND STRAIN DISTRIBUTION OF
MID-SPAN CROSS SECTION CURVES

The load and mid-span displacement curves are shown in
Figure 5. It was found that both the intact beams and
cracked beams completely lost their bearing capacities
after the first cracking. However, retrofitted beams with
self-tapping screws were still able to bear the load after
the peak load. Moreover, the retrofitted beams deformed
more remarkably than the other two groups and could
developed residual deformation after first cracking.
Hence the self-tapping screws helped to improve the
bearing capacities and enhance the ductility of the
cracked beams.

Strains along the sectional height of mid-span crosssection were measured though the entire process of
loading. Typical load and strain distribution of mid-span
cross section curves are shown in Figure 6. Due to the
cracking in the middle point of cross section, strain
distribution of the cracked bema was not continuous
along the sectional height. And when compared the
strain distribution of the cracked beam and retrofitted
beam, it is evident that the strain difference of the
retrofitted beam between the wood above and
underneath the crack was much smaller than that of the
cracked beams. This implied that the self-tapping screws
could effectively improve the structural integrity of the
cracked beams.
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Figure 5: Load and mid-span displacement of specimens

Figure 6: Typical load and strain distribution of mid-span
cross section

4 NUMERICAL STUDY

Non-linear constitutive model [12, 18] which describes
the parallel-to-wood-grain compressive stress-strain
curve was used in the simulation. The nonlinear stressstrain relationship based on the parallel to grain
compression tests of small clear specimens can be
expressed by equation (1):

4.1 MODEL DEVELOPMENT
The numerical study was conducted to simulate the
mechanical behaviour of cracked beams and retrofitted
beams. Numerical analysis models were developed
based on the finite element method software MSC
MARC®. The wood beams and the self-tapping screws
were simulated by using the embedded 8-node solid
element.
Wood was assumed to be an orthotropic material in
numerical models. The parallel-to-wood-grain modulus
of elasticity, EL, was determined based on the small clear
specimen tests. The modulus of elasticity ET and ER in
the radial and tangential directions, the modulus of
rigidity, G, in the three principal planes were determined
using the commonly accepted ratios to EL [16] due to
their complexity in lab testing. And the Poisson’s ratios,
NU, were also determined referring to the Wood
Handbook [16]. The elastic orthotropic material
constants are listed in table 3. Size effect was considered
when determining the strengths of wood [17].

2
⎧
⎛ ⎞
⎪⎪ E0ε  f c ⎜ ε ⎟
⎜ε ⎟
 =⎨
⎝ p⎠
⎪
⎪⎩ Ed (ε  ε p ) + f c

if ε  ε p

(1)

if ε p  ε  ε u

where σ and ε are the stress and strain; fc is the parallelto-wood-grain compression strength; E0 and Ed are the
modulus of elasticity and the slope of the descending
branch of the stress-strain curve, respectively, as shown
in Figure 7, with E0 taken as EL and Ed taken as 10% of
E0; εp is the strain corresponding to the peak stress and
can be determined as 2fc/E0; and εu is the ultimate strain
and was determined as εp+0.15fc/Ed assuming that wood
fails when the stress reaches the 85% of the peak stress
on the descending branch of the stress-strain curve.
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Table 3 Elastic orthotropic material constants

EL(MPa)
11734

ET(MPa)
610

ER(MPa)
610



NULT
0.4

NULR
0.15

εp

GLR(MPa)
750

GTR(MPa)
82

ft 0 , ft 90 are the tensile strength parallel to grain and the

perpendicular to grain, f c 0 , f c 90 are the compressive
strength parallel to grain and the perpendicular to grain,
f is the shear strength parallel to grain.

E0
f c / E0

GLT(MPa)
915

where  i ,  ij are the normal stress and shear stress,

Ed

fc

NUTR
0.4

εu ε

Figure 7: A parallel-to-wood-grain compressive stress-strain
curve model

Damage

Hill’s yielding criterion [19] was incorporated to
consider the orthotropic yielding of the wood and can be
expressed by equations (3):
⎧
⎪ 
⎪
⎪ F ( y   z ) 2 + G ( z   x ) 2 + H ( x   y ) 2 + 3L zx2 + 3M  yz2 + 3 N xy2
⎪
2
⎪
⎪⎪
2
1
⎨F = 2  2
f c 90 f c 0
⎪
⎪
1
⎪G = H == 2
fc 0
⎪
⎪
2
⎪L = M = N = 2
f
⎪⎩

(2)

(a)
Damage

(b)

where  is the yield strength, F, G, H, L, M, N are the
constants which only determined by the strengths of
different orientations.
To consider the effect of the different strengths of wood
in tension and compression, Hoffman’s failure criterion
[20] which can be expressed by equations (3), was used
to control the model calculation.

⎧ A1 ( y   z ) 2 + A2 ( z   x ) 2 + A3 ( x   y ) 2
⎪
2
2
2
⎪+ A4 x + A5 y + A6 z + A7 zx + A8 yz + A9 xy  1
⎪
⎪A = 1  1
⎪ 1 f t 90 f c 90 2 f t 0 f c 0
⎪
⎪
1
⎨ A2 = A3 =
2 ft 0 f c 0
⎪
⎪
⎪ A4 = 1  1 ; A5 = A6 = 1  1
ft 0 ft 0
f t 90 f c 90
⎪
⎪
⎪A = A = A = 1
8
9
⎪⎩ 7
f2

(3)

Left loading point

Left loading point

Crushing

Damage

Tensile failure

Damage
Damage

(c)
Figure 8: Comparison of failure modes

4.2 MODEL VERIFICATION: FAILURE MODES
VERIFICATION
For the cracked beams, bending failure and parallel-tograin shear failure were observed in the experiment.
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Numerical models exhibited the failure features with
damage. As shown in Figure 8(a), the numerical model
seriously damaged under the bottom of the cracked beam,
which agreed well with the experiment. For shear failure
of beam, as shown in Figure 8(b), numerical model also
displayed the tendency of parallel-to-grain shear failure.
For the retrofitted beam, the crushing at the loading
panel, damage and tensile failure were observed in the
numerical model, as shown in Figure 8(c).

This paper presents the four-point bending test results of
beams retrofitted by self-tapping screws. The tests
indicated that self-tapping screws was effective to
improve the load-carrying capacity of cracked beams
and strengthen the integrity of beams. Numerical models
were developed and verified. Good agreement were
found between the simulation and experimental results.

4.3 NUMERICAL VERIFICATION: LOAD AND
MID-SPAN DISPLACEMENT CURVES
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As is shown in Figure 9, the numerical models can
precisely simulate the bending behaviour of beam
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MODELING OF VARIATION IN THE MECHANICAL PROPERTIES
OF BEECHWOOD AT ELEVATED TEMPERATURES USING FINITE
ELEMENT METHOD
Ru

n R u ira1, V r ni a Li ar s2, Rastisla Lagaňa3, Manu l Guaita4

ABSTRACT: When the temperature of a timber structural element is elevated, its elasticity modulus is decreased.
Because of that, the structural performance of timber at elevated temperatures is worse than its performance at room
temperature.
The value of this decrease is known for softwood species, and Eurocode 5 provides some values for the reduction
coefficient for strength and elasticity that can be used in numerical simulations. However, reduction coefficient is not
provided for hardwood species.
The goal of this research is to obtain the values of a reduction coefficient factor of the elasticity modulus for beech timber.
These values could be used in later finite element simulations.
In order to achieve this objective, beech specimens were heated and a force was applied on them. The resulted
displacements were measured using ARAMIS, and these displacements were emulated with a FEM model built in
ANSYS. From the material properties of the FEM model, a regression expression was calculated to get the values of the
reduction coefficient of the modulus of elasticity at elevated temperatures.
KEYWORDS: beech wood, finite elements method, ARAMIS, elevated temperatures, fire safety, mechanical
properties

A sustainable use of Fagus sylvatica should be routed
to increase the use of this specie with structural
purposes. But, in order to obtain that, it is necessary to
know in detail the mechanical properties of this wood,
also at elevated temperatures. Some researches trying
to determinate these mechanical properties at room
temperature have been accomplished, but the behavior
of this wood at elevated temperatures is an interesting
research subject nowadays

1 INTRODUCTION 123
When the temperature of a timber structural element
is elevated, its mechanical properties suffer some
variations. In fact, an elevation of the timber element
temperature means a decrease of the value of its young
modulus. Because of that, the structural performance
of timber at elevated temperatures is worse than its
performance at room temperature.
The decreasing of the elasticity modulus when timber
temperature is elevated is known for softwood
species, and the Eurocode 5 [1] provides some graphs
that show a reduction coefficient for strength and
elasticity (see figures 1 and 3). However, reduction
coefficient is not provided for hardwood species.
Knowing this coefficient is essential in order to
modelling the behavior of timber structures in a fire
event.
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2 BACKGROUND
2.1 TIMBER AT HIGH TEMPERATURES
When thermal actions are applied to timber, it undergoes
a process called thermal degradation of the wood, which
is a result of a large number of various chemical and
physical processes. The different chemical and structural
composition of different wood species has not allowed so
far to establish universal laws that describe the behavior
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of any kind of wood during these thermal degradation [2],
although the process can be roughly described without
elaborating.
Timber consists, according to different authors, of
between 77% [3] and 85% [4] of volatile matter in the dry
weight, which means that after the pyrolysis process a
mass loss of about that order is to be expected. This fact
makes a difference in timber behavior against thermal
actions over other building materials.
The chemical constituents of wood are cellulose,
hemicellulose and lignin. While the proportions vary
depending on the species, it is estimated that cellulose
accounts for around 50% of the dry weight, while the
other two components very coarsely represent 25% each.
The thermal degradation of these three components to
form coal and combustible gases is known as pyrolysis
and occurs as described below [5]
When timber has reached 160 °C, the process of
disappearance of entire moisture content (dehydration) is
completed. In the temperature range from 200 ºC to 280
°C the entire hemicellulose decomposes producing
volatiles. Degassing is highly exothermic.
The combustible gases react with oxygen, causing
oxidation and releasing heat, resulting in the formation of
a bright gas stream, which is visible as a flame. From 280
ºC to 500 °C the decomposition of cellulose emerges,
reaching a peak around 320 °C. The resulting products are
still mostly volatile, although from 500 °C its percentage
decreases. The rate of decomposition of lignin is
increased rapidly at temperatures above 320 °C, which is
also accompanied by an increase in the formation of solid
carbon residues.
Because the volume of coal is less than the original
volume of the timber, cracks and fissures which greatly
affect the rate of heat transfer and mass between the flame
and the solid [6] are formed. Several authors have
confirmed this fact in their researches [5], [7], [8], [9].
The pyrolysis process is preceded by the drying process
of wood. At temperatures of about 60 °C the wood is still
largely resistant from a mechanical point of view [2].
Upon reaching 100 °C, irreversible changes begin to
occur in the structure of wood, and the constitution water
from the cell walls start to be evaporated.
This process is characterized by a time during the
temperature in the timber remains being the same, and it
does not rises again until the water has been evaporated.
This is because the energy supplied to the system is
consumed in the water phase change.
The deeper in the specimen is the point where the
temperature evolution is measured, it is found that this
time in which the temperature is maintained at 100 ° C is
greater. This is because when moisture is evaporated in
the charring front, where the temperature is about 300 °C,
part of that water in form of vapor is leaving the timber
element for the exposed surface; but another part of
moisture migrates in the opposite direction, towards the
interior of the timber where temperatures are inferior and
re-condensed in areas with temperature below 100 °C [6].
Therefore moisture accumulations occur in the innermost
parts of the timber element.

Mathematical modeling of physical processes in the
process of thermal degradation of wood can be
approached from two different ways.
A first possibility is to determine the reaction rate of the
decomposition process, and from that the resulting
decrease in mass, for example using the Arrhenius
equation [10].
A second way is based on adapting the material properties
taking into account the effective properties obtained from
experimental results, thereby simplifying the application
of the finite element method. This is the method
recommended by the Eurocode 5 [1] in its annex B.
2.2 MECHANICAL PROPERTIES OF TIMBER
AT HIGH TEMPERATURES
2.2.1 Elasti ity modulus
Several researches have addressed the effect of the
temperature elevation in the modulus of elasticity of the
timber.
Kollmann [11] measured the effect of the temperature on
the elasticity modulus of specimens whose temperature
was raised in a position of bending. The tests were carried
out using specimens that were on one side at room
temperature and on the other side were heated at constant
temperature of 40, 60, 80 and 100 °C respectively; and on
which a mechanical load was applied and withdrawn at
time intervals from 1,5 minutes or more for a total run
time of 60 minutes. The lowest elasticity module from the
second or third load cycle was recorded when the target
temperature was uniform or nearly uniform in the
specimen.
For the next loading cycles, due to the drying of the
material that was being happening from the outer surface
inwardly of the specimens, modulus of elasticity
increased. For specimens with an initial moisture content
of 11.4%, the minimum elasticity modulus decreased
linearly to approximately 40% of its initial value from
room temperature to 80 °C. With a temperature of 100 °C,
the modulus increased to 55% of the initial value due to
drying of wood. Since the relationship was obtained in a
bending situation, it can assumed that the corresponding
relations for tensile and compression should be of the
same order of magnitude.
However, the values that resulted from another studies
differ significantly from these ones.
In previous research, Kollman [12] found that the
compression elasticity modulus of pine decreased
approximately 33% by increasing its temperature from 20
to 100 °C.
Schaffer [13] obtained results of the value of the parallel
to grain elasticity modulus without distinguishing
between compression, tension or bending elasticity. An
elevation from 20 to 180 °C in temperature, with an initial
moisture content of 12%, made a little significant
reduction of only 12%. If the temperature continues to rise
beyond 180 °C, the reduction in the modulus of elasticity
becomes linear to a value of zero to 300 °C.
Glos and Henrici [14] performed tests on structural size
timber specimens. They applied bending, compression
and tension loads to them. Timber specimens with an
initial moisture content of between 7 and 10%, suffered a
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reduction in its modulus of elasticity to 88% of its initial
tensile value, and 75% to bending. The load radius was
constant, and the test reached failure after about 80
seconds in tensile tests and after 130 seconds in bending
tests.
Other researchers [15], [16] obtained similar values for
tensile elasticity modulus. Östman tests [16] were
performed with a strain rate of 8% per minute and very
short failure times, approximately 10 to 12 seconds.
All these values differ from those indicated by Kollmann
[4] for the range of temperatures between 20 and 100 °C.
There are several reasons for this difference. On the one
hand, it is difficult to maintain a controlled level of
moisture content during the tests, except in the case of
tests conducted by Östman [16], because during her tests
the specimens of wood were immersed in silicone oil to
maintain a stable moisture content.
Another reason is the effect of the speed of load
application. This speed already have a considerable effect
at room temperature, but it is even accentuated at high
temperatures. At high temperatures and also high
moisture content, creep deformations are considerably
increased as indicated by [17], [18], [13]. This effect is
important because in areas of the cross section with
temperatures near 100 °C accumulations of moisture
content are produced up to 20% [19], [20].
Since most researchers used high speeds for the loading,
the effect of the time dependent creep before the drying of
wood (starting at 100 °C) was not taken into account, or it
was in a small grade.
When temperature reaches 100 °C, timber begins to dry.
While timber contains moisture, creep occurs as described
above. In addition, the mechano-sorptive creep that
occurs could be considered to play an important role
during drying of wood. The existence of steam has no
influence on the fluency process [21]. In industrial
processes in which timber is vaporized to facilitate
bending, the steam is primarily a tool for raising the
temperature of the timber and not to soften. Any
procedure arising timber temperature to about the boiling
point of water without causing dry could be used with the
same purpose [22].
König et al. [23] performed a series of fire tests with
spruce timber. In these tests, during the pre-carbonization
stage, the bending stiffness decreased at approximately a
constant rate. From temperature records it was observed
that this speed changes when the timber specimen
temperature exceeds 100 °C. With normal load levels, the
tensioning state at this stage has an elastic behavior. It is
therefore possible to calibrate the effect of temperature
without the results being influenced by the effect of
temperature on compressive and tensile strength
The aforementioned tests [23] were performed so that the
face exposed to thermal load was suffering exclusively
from tension or compression. Thus, the authors were able
to isolate the effect of temperature on the modulus of
elasticity in compression and tension.
The results showed that the flexural rigidity is reduced
slightly when the face exposed to thermal load was
applied to compression.

The same results were obtained in another series of tests
carried out by the same researcher [24], following a
similar procedure. During the first 10 minutes of the test
the difference is no very noticeable. This is because the
stresses are small and are within the elastic range. Later,
the difference increases due to the yielding on the
compression faces under thermal load.
From the results of its experimental tests, König proposed
[25] a bilinear reduction model of the elasticity module,
with a break point at 100 ° C. The coordinates of the points
that define the graph were determined by calibration
(Figure 1).

Figure 1: Re uction o elasticity mo ulus

This same graph, with these same values, is adopted by
the Eurocode 5 [1] in its Annex B (advanced calculation
methods), particularly in its B.3 section. It is considered
as a reduction coefficient of the modulus of elasticity of
softwood species, dependent on temperature.
2.2.2 Str n th
The strength values of timber at elevated temperatures
that have been published by different author are quite
different, and even partially contradict each other.
König [25] considered some of the previous research in
this field, particularly those carried out by Schaffer [13],
Glos and Henrici [14], and Kollmann [4] and the
experimental tests that he had already made [23]. Using
all these data, he proposed reduction coefficients for
compressive strength and tensile strength as a function of
temperature. These values are shown in Figure 2

Figure 2: Re uction o strength accor ing to
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The Eurocode 5 [1] took almost these same values into
account in its Annex B (advanced calculation methods),
particularly in its B.3 section. It is considered a reduction
factor for parallel to the grain tensile, compression and
shear strength. At Section B.3.3 Eurocode 5 clarifies that
in the case of compression perpendicular to the grain, the
same strength reduction than the parallel to grain one can
be considered (Figure 3)

Figure 3: Re uction actor

Θ

Between 200 °C and 400 °C a drastic reduction in density
happens, which coincides with the pyrolysis process that
occurs in the vicinity of 300 °C. Cutter [35] ascribes this
material loss to the decomposition of cellulose, which is
produced in this temperature range.
Over 400 °C, all the authors propose a more or less
gradual decrease in density.
Eurocode 5 proposes the following graph density
reduction coefficient for softwood:

accor ing to uroco e

2.2.3 D nsity
Timber at elevated temperatures suffers the so called
pyrolysis process which inevitably involves a reduction in
the amount of material and thus a decrease in density.
Figure 4 shows the relationship between timber density
dependent on the temperature of the timber and anhydrous
timber density according to various authors (Knudson
[26], Fredlund [27] Janssens [28] Pinto [29], König [24]).

Figure 4: Re uction in ensity at ele ate temperatures
accor ing to se eral researchers

In addition to the curves shown in the graph above, in
other investigations such as Frangi [30], Janssens [31] Lie
[32] or Mehaffey et al. [33] basically similar curves are
proposed.
From room temperature to 100 °C, the relationship
between timber density and the anhydrous density is over
one due to moisture content.
Some researches as the ones from Rusche [34] were
performed on dry samples of spruce and they show that in
a heating time of 120 minutes, the decreased mass at 200
°C is only about 2%, hence most authors propose that the
density between 100° C and 200° C can be considered
more or less constant.

Figure 5: Re uction in ensity at ele ate temperatures
accor ing to uroco e

2.3 BEECH TIMBER FAGUS SYLVATICA
Beech timber (Fagus sylvatica) plays a secondary role as
a construction material nowadays. Its structural use is
reduced to small structures. But, in fact, the mechanical
properties of this specie are superior to most used specie
used in Europe, which is the spruce. Its strength makes
beech timber adequate to high demanding structural
elements [36]. However, in Slovakia this specie is used
mainly for energetic purposes.
A sustainable use of the timber resources in central
European countries should imply the use of hardwood
species, such as the beech, as a structural material. But in
order to use this specie in construction, is needed to know
its mechanical properties. Some researches have been
conducted recently to determinate these properties, but all
of them were made at room temperature.
So, nowadays it is only possible to simulate with
advanced methods, such as the finite elements one, the
performance of this timber at room temperature.
Therefore, researches concerning the properties of these
specie at elevated temperatures should be made.
2.4 FINITE ELEMENT METHOD
Numerical methods are technics that can be used to
formulate mathematical problems and solve them using
arithmetical operations [37].
A numerical method is a procedure that allows, usually in
a approximate way, to solve some problems using only
arithmetical calculations. This procedures consist on a
finite list of precise orders that specify a sequence of
algebraic and logic operations (an algorithm) that produce
a solution of the problem. The efficiency of the calculus
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is dependent on the implementation of the algorithm and
on the characteristics of the calculation tools.
The finite element method (FEM) is one kind of numerical
method. The main idea that rules this method consist on
finding the solution of a complex problem replacing it
with a combination of many more simply problems. This
means than the final solution will be an approximation to
the exact solution. [38].
Nowadays it is possible to use commercial software
applications that allow engineers and researchers the use
of this method to simulate complex problems.
These commercial software suites have been used in
recent years to simulate the behavior of softwood timber
structures in a fire event [2]. To successfully carry out
these simulations it is mandatory to know the values of
the effective mechanical and thermal properties of the
material at elevated temperatures. As it was shown
previously, these values are known in the case of
softwood species, but they are not in the case of hardwood
species.

3 OBJECTIVE
The goal of this research is to obtain the value of the
effective reduction coefficient for the elasticity modulus
of beech timber at elevated temperatures.
It is an effective coefficient which allows to obtain the
elasticity modulus at elevated temperatures from the
elasticity modulus at room temperature. Because it will be
obtained from simulations validated through experimental
tests, its usage should not be universal, and it should be
restricted to simulations using the finite element method.

4 METHODOLOGY
The methodology consists of two parts.
On the one hand, a series of experimental test on which
small beechwood specimens are subjected to high
temperatures, and a load is applied on them. As a result of
the applied load, the value of the consequent deformation
is measured using ARAMIS. This deformation will be
dependent on the elasticity modulus of the specimen, and
therefore it will be different depending on the temperature
of the specimen.
On the other hand, a thermo-mechanical finite element
model of the specimen is created using ANSYS software.
The goal of the FEM model is obtaining, for the different
temperatures, the same deformation obtained in the
experimental tests. To achieve this objective, the material
properties (specifically the elasticity modulus) are varied.
The following describes in more detail both the
experimental methodology and the simulation.
4.1 EXPERIMENTAL TESTS
Eighty Fagus sylvatica specimens were prepared
according the dimensions showed in figure 6.

Figure 6:

perimental specimen

These specimens were grouped into 9 groups of 10
specimens each. Each group was tested at a different
temperature. Eight groups were tested at temperatures
between 160 ºC and 220 ºC at intervals of 10 ºC. The ninth
group was tested at 20 °C.
To prepare the specimens, all of them were introduced in
a desiccator. They were then sanded with P1000
sandpaper. A matte white paint was applied to the
specimens, followed by another layer of paint pigmented
black color. This pigmentation is intended to measure the
displacement of the specimens using the ARAMIS
equipment.
A Jata HN621 oven was adapted, making some
modifications in it, to allow testing the specimens inside
it. The mechanical tests were made using TIRA test 2150
equipment, and the temperature was increased and
stabilized using a GIR 230 TC device. The procedure was
the same for all the specimens. They were put inside the
oven until the consigned temperature for the group was
reached.
Into the orifice of the specimen a load was applied using
the TIRA equipment. The value of the load is known, and
it is increased over the time. The applied load causes a
deformation on the specimen. This deformation is
increasingly as load increases too. The correlation
between load and deformation is lineal until a fracture
appears in the specimen. This deformation is measured
using the ARAMIS equipment.
ARAMIS system consists of software, measuring sensor,
optics, and data recorder in eight channels. Software is
prepared to work with the sensor and the data recorder, to
calculate automatically all resulting data, and to evaluate
all data after they are processed. A well designed
graphical interface allows an easy navigation and it
provides all the needed functionality for every kind of
materials, and every kind of analysis such as ·D surface
coordinates, 3D displacements and speeds, surface stress
values, and deformation rates.
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Using the ARAMIS software, two point from each
specimens were selected. The 3D coordinates of these
points before the test were known, so the data of the
displacement after the tests were obtained. (Fig. 9).

Figure 9: isplacement et een points an
R

measure in

The resulting data from the tests were processed using
mathematical software MATLAB R2014b (version 8.4)
4.2 FINITE ELEMENT MODEL

Figure 7: R

uipment

The system consists of two CCD cameras (AVT Stingray
Copper F-504B, 3.45 μm cell size and an resolution of
4096 x 3072 pixels= 12 MPx) equipped with lens model
Titanar, 125 mm in a 3D configuration. In order to get
better contrast, it has also two integrated light sources
Zwick Z050/TH 3A (Zwick Roell AG, Ulm, Germany).
In order to ensure the maximum precision of the
measurement, the calibration procedure was carried out
according to the ARAMIS 3D 12 User Manual, using 13
calibration pictures from left to right. The calibration
object was CQ/CP20 55 x 44, and several geometric
orientations were used. The cameras were placed at a
measurement distance of 495 mm and the surfaces of the
specimens were captured using a scale of 0.08 px·mm-1.

Figure 8: R

capture image

A thermo-mechanical model was created using the finite
element method. The used software was ANSYS
Workbench v14. The geometry of the 3D finite element
model was exactly the same than the one from the
experimental specimens. With these model, 9 cases were
simulated, varying the temperature and using the same
range that was used in the experimental tests.
To build the FEM model, the methodology used was the
one described in the software user manual (ANSYS®
Mechanical Academic Research). The different steps will
be explained below.
4.2.1 En in rin data
In this module it is necessary to set the material properties.
The mechanical properties of beech at room temperature
were obtained from previous research, and they were
considered to be orthotropic elastic [36]

Figure 10: echanical properties o
temperature accor ing to

eech tim er at room
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For the elevated temperature cases, a reduction coefficient
was applied on the properties shown in fig. 10. This
coefficient allows the deformation on the FEM model to
be the same than the deformation on the experimental
tests.
4.2.2 G om try
A virtual specimen, with the same geometry than the
experimental one, was designed into Ansys Workbench
using the Design Modeler module of the software.
4.2.3 Mod l
The main characteristics of the model are these:
- Analysis type is static structural
- Finite element type is SOLID186, which is a brick type
element with 20 nodes.
- The mesh has a size of 1 mm, it is hex-dominant
allowing the existence of pyramids in the curvature zones
where hexahedrons where not possible.
- A local coordinate system was created, so the grain of
the specimen were properly aligned according to the
orientation defined in the engineering data.
- Using the “NAMED SELECTION” command, the same
two points with known coordinates that were spotted
using ARAMIS on the real specimens, were also marked
in the virtual specimens.

RESULTS
.1 EXPERIMENTAL RESULTS
Using ARAMIS, the deformation in the specimens were
measured. The correlation between applied force and
resulting deformation was plotted.

Figure 12: Relation et een orce an
C e perimental group

e ormation in the

This correlation is linear until the fracture in the specimen
happens.
.2 NUMERICAL RESULTS
Using the finite element model, the displacement was also
measured for every temperature case.
The structural material properties of the beech were
adjusted using trial and error method until the
displacement of the FEM model was the same than the
one from the experimental specimen.

Figure 11:

mo el ith points

an

marke

4.2.4 S tu
The model setup included these settings:
- The simulated temperature for each case was the same
that was applied to each experimental group of specimens
(20 ºC, 160 ºC, 170 ºC, 180 ºC, 190 ºC, 200 ºC, 210 ºC,
220 ºC).
- A load of 15 N was applied in the same spot than in the
experimental tests using “SFE” command.
- A “FRICTIONLESS SUPPORT” was applied to
simulate the real support of the real specimens.
4.2. Solution
As a solution of the numerical model, the deformation
between the two points that were spotted using ARAMIS
was measured. The material properties of the model were
variated to get the exact deformations that were obtained
in the experimental tests. To make this variation, the
elasticity modulus of the material was multiplied by a
reduction coefficient which had a different value for each
temperature case. Using this procedure, the fem model is
validated.

Figure 13: e ormation in the

mo el

The structural material properties were adjusted using a
reduction coefficient from the properties at room
temperature.
Only the elastic part of the displacement from the
experimental data was used to make this validation (force
less than 20 N)
.3 REDUCTION COEFICIENT FOR THE
ELASTICITY MODULUS
Using the exposed methodology, the reduction coefficient
for the elasticity modulus was obtained according to
figure 14
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Figure 14: Re uction coe icient o the elasticity mo ulus

CONCLUSIONS
Eurocode 5 offers a coefficient of reduction for the
elasticity modulus of softwood species, but id does not
offer one for hardwood timber.
In these research, an expression offering values of the
reduction coefficient of the elasticity modulus for beech
timber has been calculated.
This mathematical expression was obtained from a
regression that shows a good R2 value of 0.82.
Due to the methodology used, these reduction coefficient
should be used only in the same conditions from the ones
it was obtained. Therefore, this reduction coefficient
should be only used in finite element models of Fagus
sylvatica timber, and inside the temperature interval
between 160 ºC and 220 ºC
Further studies should be accomplished in order to expand
this expression to a wider range of temperatures.
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FREQUENCY SPECTRA OF TYPICAL EUROPEAN WOODEN JOIST
CONSTRUCTIONS
Anders Homb, Catherine Guigou-Carter2, Klas Hagberg3, Hansueli Schmid4
ABSTRACT: Within the WoodWisdom-Net program, a project named "Silent Timber Build" (STB) is now
progressing. Impact sound insulation is the dominating task in this project, where development of reliable mathematic
models to predict the impact sound pressure level of a floor system is important. But the predictions need to be
validated and therefore reliable measurement data is of main interest. This paper presents results from numerous well
controlled sound insulation measurements of European wooden joist floor constructions performed in the laboratory.
One main difficulty is related to the variation due to different solutions, different materials and components and also,
different laboratories. However, the constructions have been “grouped” and it has been presented earlier within the STB
project. Results in this paper cover a broad range of joist constructions, but basically intended to fulfil requirements in
residential buildings among the involved countries. The paper highlights some specific phenomena, and shows how
structural differences related to the grouping of the constructions affecting the impact sound insulation properties.
KEYWORDS: Impact sound insulation, laboratory measurements, wood constructions

1 INTRODUCTION 123
Lightweight building systems generally suffer from
limited sound insulation properties, especially in the low
frequency range. So far no reliable mathematical models
can predict the impact sound pressure level, the lightweight building design is to a high degree based upon
previous experience and upon measurements. In the STB
project, FEM and SEA calculation models will be used
and developed to increase the possibilities to predict new
constructions. But the predictions need to be validated
and therefore, reliable measurement data have been
collected and individually compared.
Traditional lightweight wood frame based buildings
involves generally rigidly connected elements for floors
and walls except the ceiling and eventually the floor
covering. The ceiling can in fact be elastically suspended
to the joists or even be completely separated. Concerning
the floor covering, floating solution (rigid topping on a
resilient layer) are also commonly implemented. If part
of a timber floor can be pre-fabricated in a factory, it is
in majority erected on site or at least finished with
ceiling and floor covering on site; leading to possible
differences in mounting conditions and workmanship.
The consequences of these differences in terms of sound
insulation are difficult to evaluate precisely but unquest1
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ionably will induce a spread in properties and acoustic
performances. Over the past years many research
projects and studies in different countries have been
conducted; quite a large number of laboratory
measurements are now available as resources. Such
projects include comprehensive parametric studies on
specific timber floor constructions, see for instance
Sipari [1] and Johansson [2] beside measurements from
unpublished projects.
A major concern considering lightweight structures is
that in most countries building code was developed when
they were rarely used or not even allowed for multi
storey residential buildings. Therefore the acoustic
requirements and acoustic ratings are well adapted to
heavy weight constructions. Indeed, they assume
structural components that actually have rather good low
frequency sound insulation and are not sensitive to
perceived vibrations, at least from normal private
activities. On the opposite, lightweight wood frame
structures are generally associated to poor low frequency
performance due to multiple cavities and stiffeners
(joists or studs). Furthermore, for impact sound
performance, the use of the spectrum adaptation term
taking into account the low frequency contents (starting
at 50 Hz), as defined in EN ISO 717-2 [3], is required or
recommended by only a limited number of countries.
Resident comfort has been shown to be related to this
low frequency behaviour of floors [4-5]. Therefore
acceptability of lightweight wood frame residential
buildings is at risk if these low frequencies aspects are
neither formally integrated in building codes with more
specific acoustic requirements, nor at least made largely
available in building recommendations.
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As the impact sound insulation tends to be the most
significant problem for the wooden floor construction
building technique [4-5], such measurements are in
focus. The main objective is to highlight some specific
phenomena, in order to see in what way structural
differences related to the grouping of the constructions
affect the impact sound insulation properties. One main
difficulty is related to the large variety of the available
solutions, different materials and components and also
different laboratories. This paper presents results from
numerous well controlled sound insulation measurements performed in laboratory.

Table 2: Collection of laboratory measurement results

2 CONSTRUCTION TYPES

Lightweight joist floors with stiff connected top floor
and resilient connected ceiling (FS-CR) are used in
France (but not recommended with respect to acoustic
regulation and comfort) and previously quite common in
Norway and Sweden due to former, less strict impact
sound requirements. The resilient connector at the
ceiling have typically been steel spring elements, point
connected to the joists. Ceiling can be composed of one
or several gypsum boards and includes sound absorbing
material in the cavity. Typical total thickness of these
floors have been 300 to 400 mm with mass per unit area
(mpua) from approximately 50 kg/m2 and upwards.
Drawing of a typical floor assembly is presented in
Figure 1. Such floors are Type I.

The data collection concerning wood based floors
presented in this paper concentrate on typical national
solutions from France, Germany, Norway, Sweden and
Switzerland, divided into different groups depending on
structural differences. Even if floor construction is
generally specific to each country, it is shown that it is
possible to propose floor configuration grouping across
the European countries (at least those represented in STB
project). In this paper, the way of grouping constructions
are similar to the concept in the STB project. Table 1
shows the groups of constructions presented in this paper
divided into two main types:
- Type I: Wooden joist constructions
- Type II: Hybrid wooden joist constructions with
gravel or concrete

Wooden joist
constructions
Stiff connected
ceiling
Resilient
suspended
ceiling

Stiff connected
top floor
FS-CR
∑Type I+II = 21

Resilient top
floor
FR-CS
∑ Type I+II = 46
FR-CR
∑ Type I+II = 69

2.1 STIFF CONNECTED TOP FLOOR AND
RESILIENT SUSPENDED CEILING

Table 1: Grouping of constructions

Description
Type I i)
Stiff connected top floor and
FS-CR
resilient suspended ceiling
Resilient layer at floor and
stiff connected ceiling
Resilient layer at floor and
FR-CR
resilient suspended ceiling
i)
Lightweight joist solutions
ii)
Added mass solutions

Type II ii)
FR-CS

Figure 1: Typical wooden joist construction with stiff
connected top floor and resilient suspended ceiling

FR-CR

Table 2 shows the number of laboratory measurement
results totally collected in the project regarding wooden
joist constructions presented in this paper. Data were
collected from references [1, 2, 6 to16]; they covered a
period from 1983 to 2015 (thus more than thirty years).
Collected data originate from Finland, Sweden, Norway,
Germany, France and Switzerland.

2.2 RESILIENT LAYER TOPFLOOR AND
RESILIENT SUSPENDED CEILING
Lightweight floors with resilient connected top floor and
resilient ceiling (FR-CR) have been common in Norway,
Sweden and Finland the last two decades. These
solutions normally fulfil minimum impact sound
insulation requirements between apartments. Even if the
dynamic stiffness of the resilient layer at the floor differ,
the most commonly used product has been a continuously elastic layer of mineral wool with rather low
dynamic stiffness. The resilient connectors at the ceiling
have typically been steel spring elements, point
connected to the joists. Ceiling can be composed of one
or several gypsum boards and includes sound absorbing
material in the cavity. Typical total thickness of these
floors have been 300 to 400 mm with mass per unit area
(mpua) from approximately 70 kg/m2 to 90 kg/m2. Drawing of a typical floor assembly is presented in Figure 2.
Such floors are Type I.
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previously, ceiling can be composed of one or several
gypsum boards and includes sound absorbing material in
the cavity. Typical total thickness of these floors have
been 350 to 500 mm with mass per unit area (mpua)
from approximately 100 kg/m2 to 200 kg/m2. Drawing of
a typical floor assembly is presented in Figure 4. Such
floors are Type II.

Figure 2: Typical wooden joist construction with resilient
connected top floor and resilient suspended ceiling

2.3 RESILIENT LAYER TOP FLOOR AND STIFF
CONNECTED CEILING, HYBRID
Hybrid floors with resilient connected top floor and stiff
connected ceiling (FR-CS) have been common in
Switzerland and it has recently been introduced in
Germany. Traditionally, use of added mass solutions
have been quite common in these countries. A main
reason to choose hybrid solutions is the improved
performance to fulfil requirement levels. Regarding the
resilient layer at the floor, the most common product has
been a continuously elastic layer of mineral wool with
rather low dynamic stiffness. Again, ceiling can be
composed of one or several gypsum boards and includes
sound absorbing material in the cavity. Typical total
thickness of these floors have been 350 to 450 mm with
mass per unit area (mpua) from approximately
150 kg/m2 to 400 kg/m2. Drawing of a typical floor
assembly is presented in Figure 3. Such floors are
Type II.

Figure 3: Typical hybrid wooden joist construction with
resilient connected top floor and stiff connected ceiling

2.4 RESILIENT LAYER TOP FLOOR AND
RESILIENT SUSPENDED CEILING, HYBRID
Hybrid floors with resilient connected top floor and
resilient connected ceiling (FR-CR) are used in Austria
and Switzerland and it have recently been introduced in
Finland, Germany and Norway. One important reason to
choose such hybrid solutions is the improved
performance especially in the low frequency range.
Regarding the resilient layer at the floor, the most
common product has been a continuously elastic layer of
mineral wool with rather low dynamic stiffness. The
resilient connector at the ceiling have typically been steel
spring elements, point connected to the joists. As seen

Figure 4: Typical hybrid wooden joist construction with
resilient connected top floor and resilient connected ceiling

3 IMPACT SOUND INSULATION
PROPERTIES
3.1 MEASUREMENT METHOD AND DATA
The impact sound insulation measurements were carried
out according to ISO 140-6 standard, versions valid at
the time of measurements (now replaced by ISO 101403). Major number of measurements realized after 1995
has been carried out including the low frequency range,
i.e. starting at 50 Hz. The measured normalised impact
sound pressure levels in the frequency range
50 – 5000 5000 Hz (or 100 to 3150 Hz in some cases)
are presented as graphs in the following sections. From
these results, different single-number quantities for
rating the impact sound insulation were calculated, i.e.
Ln,w, the spectrum adaptation term, CI,50-2500 and the sum
of these, Ln,w + CI,50-2500, see EN-ISO 717-2 [3].
In the following sections, measurement results compiling
comparable laboratory measurement data from the
different countries, are presented. From a database of
these numerous data, a limited number of records will be
presented. The idea has been to extract results only from
some comparable solutions within some selected
construction types. In section 3.2, impact sound insulation data from lightweight joist solutions (i.e. Type I),
measured in Finland, France, Norway, Sweden and
Switzerland are presented. In section 3.3, impact sound
insulation data from lightweight joist solutions with
added mass (i.e. Type II), measured in Finland,
Germany, Norway and Switzerland are presented.
3.2 LIGHTWEIGHT JOIST SOLUTIONS
Laboratory measurement results of floor constructions
with stiff connected top floor and resilient suspended
ceiling (i.e. FS-CR Type I floor constructions) are
presented in Figure 5.
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Figure 5: Measurement results, construction Type I: FS-CR

Figure 6: Measurement results, construction Type I, FR-CR

The results deviate considerably in the frequency range
below approximately 160 Hz and partly above 1600 Hz.
The deviation in the high frequency range is not really
important in this paper because it depends very much on
the softness of the floor covering and the fact that the
impact sound insulation anyway is rather good in this
frequency range. The effect of this frequency range on
the rating index is not very important. The deviation in
the low frequency range needs to be investigated due to a
significant increase (more than 2 to 3 dB) of the index
Ln+CI,50-2500 value. A hypothesis is that this is due to an
effect of the floor impedance and modal behaviour. In
the middle part of the frequency range, the result seems
to correlate well with the mpua.

The results presented in Figure 6 shows deviation of
approximately 10 dB between the curves in the
frequency range below 160 Hz and much higher
deviation in the high frequency range, but with respect to
single number quantities, the maximum difference of
index Ln,w+CI,50-2500 is 6 dB. The results partly correlate
with the mass per unit area. With increasing number of
layers, resilient products and possible combination of
sheet layers, it is not surprising that such spreading will
occur. But it is important to investigate the deviations
between the different solutions, due to the necessity to
limit the sound pressure level in the low frequencies.
Such investigations should at least include the joist and
floor stiffness in combination with the effect of resilient
top floor behaviour.

Laboratory measurement results of floor constructions
with floating screed on resilient layer and resilient
suspended ceiling (i.e. FR-CR Type I floor
constructions) are presented in Figure 6.

3.3 ADDED MASS SOLUTIONS
Laboratory measurement results of wooden floor
constructions with a resilient top floor, added mass and a
ceiling on rigidly fixed laths (i.e. FR-CS Type II floor
constructions) are presented in Figure 7.
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Figure 8: Measurement results, construction Type II, FR-CR
Figure 7: Measurement results, construction Type II, FR-CS

The results presented in Figure 7, show deviation of
approximately 5 to 10 dB in the frequency range below
800 Hz for objects with mass per unit area < 250 kg/m2.
Some part of this deviation is explained by differences of
the mass per unit area. Similar to other objects with stiff
suspended ceiling, connections and sound radiation from
the ceiling may be an important reason for differences
between these measurement curves. For objects with
mpua > 250 kg/m2, Figure 7 shows deviation of approximately 10 to 15 dB in the frequency range
below 630 Hz. But looking into the specific single
number quantity Ln,w+CI,50-2500, a strong correlation
between the mpua and the single number quantity is
achieved. For heavy solutions using gravel to increase
the mass, variations due to various ceiling solution seem
to be of minor importance.
Laboratory measurement results of floor constructions
with a resilient top floor and a suspended ceiling on
resilient hangers (i.e. FR-CR Type II floor constructions)
are presented in Figure 8.
The results presented in Figure 8 show a total spreading
of 9 dB with respect to the Ln,w+CI,50-2500 and these
variations do not correlate with the mass per unit area
value. The deviation occurs at frequencies below
approximately 200 Hz, but it is difficult to identify one
single, reliable explanation of these results. A reason
could be the assembling of the added mass on the one
hand on a relatively stiff resilient layer and on the other
hand with concrete on a soft, thin or thick resilient layer.

4 RESULTS EVALUATION
In the following, some main results from previous
sections are given and discussed.
4.1 MAIN RESULTS
Figures 9 and 10 show single number values
Ln,w+CI,50-2500 and corresponding mass per unit area
(mpua) respectively of construction Type I objects and
construction Type II objects. Note the scale of the mpua
values in Figure 10 (mpua / 2 is used to have a readable
graph).
From Figures 9 and 10 it appears that for Type I and
Type II FR-CR floor systems the relation between the
single number values Ln,w+CI,50-2500 and the
corresponding mass per unit area is not obvious as for
the FS-CR or FR-CS floor systems. Indeed, the
behaviour of FR-CR floors systems is more complex
since it does incorporate two resiliently mounted
elements (floor topping and ceiling); furthermore the
impact force associated to the tapping machine is
affected by the floor topping. This will be even more
obvious in the next section.
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As mentioned previously it is clearly seen that for FSCR Type I floor systems, the single number values
Ln,w+CI,50-2500 correlates relatively well with the proposed
curve (related to -30 log (mpua) equation) except for one
considered floor (low mass per unit area and high impact
sound index). Furthermore for the FR-CR Type I floor
systems, it is more difficult to evaluate the correlation
between the single number values and the proposed
curve; more data with a larger spread of mass per unit
area would be certainly necessary to conclude. However,
these FR-CR floor systems are more complicated in
terms of behaviour since they incorporate two resiliently
mounted elements (ceiling and floor topping).
Moreover from Figure 11 and the presented Type I floor
results, it is not evident to recommend using in a
building FR-CR floor systems rather than FS-CR floor
systems for a similar mass per unit area.

100
90
80
70
60
50
40
30
20
10
0

mpua (kg/m2)

Ln,w+Ci,50-2500 (dB)

Figure 9: Main results from construction Type I
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Figure 10: Main results from construction Type II

4.2 RESULTS ANALYSIS
Figure 11 show Ln,w+CI,50-2500 – values as a function of
the mpua for lightweight solutions with resilient ceiling,
with or without floors with resilient connected top floor.
The figure also includes a curve based on a ratio between
Ln,w+CI,50-2500 – values and the mpua of -30 log (mpua).
The -30 log term refers to the basic equation of impact
sound insulation of homogeneous floors.

Figure 12 show Ln,w+Ci,50-2500 – values as a function of
the mpua for added mass constructions, with or without
suspended ceilings on resilient hangers. The figure also
include a curve based on a ratio between Ln,w+Ci,50-2500 –
values and the mpua of -40 log (mpua). The -40 log
term refers to the basic equation of impact sound
insulation of homogeneous floors including an effect of a
resilient subfloor.
Once again, it is clearly seen that for the considered FRCS Type II floor systems, the single number values
Ln,w+CI,50-2500 correlates relatively well with the proposed
curve (related to -40 log (mpua) equation). For the FRCR Type II floor systems, it is more difficult to
conclude. For two of the FR-CR considered floor
systems the proposed curve is rather close their
measured performance with respect to their mass per unit
area. For the other two FR-CR considered floor systems,
their acoustic performance Ln,w+CI,50-2500 is rather low
when their mass per unit area is also rather small. This
could perhaps be explained by a high resilience of the
ceiling and floor topping or a good combination of the
ceiling and floor topping resilience that induces a
specific behaviour positively affecting the acoustic
performance. As stressed before, these FR-CR floor
systems are complex systems in terms of their acoustic
behaviour.
Besides from Figure 12 and the presented Type II floor
results, it seems preferable to recommend implementing
in a building FR-CR floor systems rather than FR-CS
floor systems for a similar mass per unit area.

WCTE 2016 e-book | 2641

Considering the collection of wooden joist construction
data of Type I presented in this paper, Ln,w+CI,50-2500
results from 69 to 49 dB from objects with mass per unit
area (mpua) from approximately 40 to 100 kg/m2 are
found. Similarly, the collection of data from hybrid
wooden joist constructions with gravel or concrete (i.e.
construction Type II), shows Ln,w+CI,50-2500 results from
57 to 44 dB from objects with mpua from approximately
120 to 380 kg/m2. It means that it is possible to choose
solutions within a wide range of impact sound insulation
properties and weight of the floor construction.
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Figure 11: Single number values as a function of mass per unit
area for Type I floor constructions

70

The compilation of results presented in this paper also
shows that all constructions of Type II showdisplay poor
similarities in the frequency domain. The comparison
shows indicates that all types of connections between the
joist construction and floor or ceiling elements have an
important influence of the impact sound insulation
properties in the frequency domain.
With respect to single number quantities, the picture is a
bit different. Regarding construction Type I objects,
results show a high correlation between the Ln,w+CI,50-2500
value and the mass per unit area (-30 log mpua) of FSCR solutions except in the low mpua region. Regarding
construction Type II objects, results display a high
correlation between the single number quantity and the
mass per unit area (-40 log mpua) of FR-CS solutions.
For other floor assemblies, it is not possible to establish
a reliable correlation between the Ln,w+CI,50-2500 value
and the mpua from the collected data.
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In the frequency domain, results regarding construction
Type I, show similarities to previous, except objects with
suspended ceilings on resilient hangers. The comparison
shows that the resilient ceiling system itself or in
combination with the joist construction and assembly,
gives a high spreading of the impact sound insulation
properties in the frequency domain.
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Figure 12: Single number values as a function of mass per unit
area for Type II floor constructions

5 CONCLUSIONS
This paper presents an extract of results from numerous
well-controlled sound insulation measurements of
wooden joist constructions conducted in the laboratory.
Comparison of results with different solutions, different
product and from different laboratories is of course
challenging. The grouping of constructions has been a
very helpful tool to compare and analyse the results.

This work (collecting acoustic performance data and
analyzing them) carried out within the STB project is
providing insight to all the others partners that have to
investigate the possibility in optimizing existing
solutions or in developing new floor constructions.
However, the improvement obtained for these innovative
floor constructions in terms of their impact sound
insulation performance should not disregard geometrical
or mass per unit load limitations and other physical
issues (fire, structural, thermal, etc.). In the STB project,
ongoing work on developing prediction tools [17] will
also benefit for these collected data in these tools
validation process.

ACKNOWLEDGEMENT

The research presented in this paper is a part of the
WoodWisdomNet+ project Silent Timber Build with
funding from each country participating in the project
consortium representing the following countries:
Sweden, France, Germany, Austria, Norway and
Switzerland.

WCTE 2016 e-book | 2642

REFERENCES
[1] Sipari, P., Heinonen, R. & Parmanen, J. Acoustic
properties of wooden floor slabs. VTT Publications
345. VTT Technical Research Centre of Finland,
1998.
[2] Johansson, C. Low-Frequency Impact Sound
Insulation of a Light Weight Wooden Joist Floor.
Applied Acoustics 1995; 44: p. 133-147.
[3] EN-ISO 717-2:1996. Acoustics – rating of sound
insulation in buildings and of building elements –
part 2: Impact sound insulation.
[4] Simmons C., Hagberg K., Backman E. Acoustical
Performance of Apartment Buildings – Resident’s
Survey and Field Measurements, SP report, 2011.
[5] Guigou-Carter C., Balanant N. Acoustic comfort
evaluation in lightweight wood-based and heavy
weight concrete-based building. Proceedings of
Internoise 2015, San Francisco, CA, 9-12 August
2015.
[6] Norwegian Building Research Institute, 1983. Unpublished laboratory measurement results.
[7] Späh, Moritz. Liebl, Andreas & Leistner, Philip.
Acoustics in wooden buildings – Measurements in
the Laboratory an in Single Family Houses.
AcuWood Report 1. SP Report 2014:14. Borås: SP
Technical Research Institute of Sweden.
[8] Acoubois Etapes 2 & 3. Rapport V2.0 Measures
Acoustiques en laboratoire. Qualitel, FCBA &
CSTB. France, june 2014 (in French).
[9] Homb, Anders. Hveem, Sigurd & Strøm, Svein.
Sound insulating structures. Data collection and
calculation method. Anvisning 28. Oslo: Norges
byggforskningsinstitutt, 1983 (in Norwegian).
[10] Nilsson, Lars. SBUF-Projekt: Wood joist floors.
Laboratory measurements at Engineering Acoustics,
Lund University. Commisioned by Skanska Teknik
AB. SBUF report nr. 1033, Sweden 2003 (in
Swedish).
[11] Lignum. Database at: www.lignum.ch. Switzerland
2015.
[12] Bois-AcouTherm. Final report, FCBA and partners.
Boredeaux, France November 2010 (in French).
[13] Homb, A. Low frequency sound and vibrations from
impacts on timber floor constructions. Doctoral
theses at NTNU, 2006:132. IME Faculty, Dep. of
Electronics and Telecommunications. Trondheim,
Norway 2006.
[14] Nemko report ABU0057/03. Sound insulation
measurements
of
wooden
joist
floors.
Commissioned by Arbor Hattfjelldal AS. Classified,
contact publisher. Trondheim, Norway nov. 2003 (in
Norwegian).
[15] IGP AS, report 215223. Wooden joist floor with
gravel. Impact sound insulation measurements.
Commissioned by Norske Skog. Classified, contact
publisher.
Trondheim,
Norway
1995
(in
Norwegian).
[16] Homb, A. (2003). Laboratory sound and vibration
measurements of open web joist supported timber
floors. Project report O 14168, Norwegian building

research institute for “Norske Takstolprodusenters
Forening” (not published). Trondheim June 2003 (in
Norwegian).
[17] Bard, D., Guigou Carter C., Coguenanff C.,
Negreira J., Silent Timber Build – Development of
low frequency vibroacoustic prediction tools for
lightweight wooden constructions, Proceedings of
WCTE 2016, Vienna, Austria, 22-25 August 2016.

WCTE 2016 e-book | 2643

AN ANALYTIC SOLUTION FOR THE BRACED IMPERFECT MEMBER
OF GLUED LAMINATED TIMBER
Michael Gerloff1

ABSTRACT: The current paper presents the investigation on an imperfect beam, curved and twisted, stressed by a
constant vertical linear distributed load. The beam is fork bearing supported and horizontally braced. In case of the here
discussed beam the brace is done by rigid purlins, including purlins at the member ends, and a separate bracing beam,
that presents the horizontal support for the purlins. Because of horizontal equilibrium of forces the purlins must be able
to bear compressive and tensile forces. The static strain of such bracing beam was last discussed by Friemann and
Stroetmann [1]. Currently the value of shear stress, deriving from shear and torsion at the end of such imperfect
members, cannot be defined clearly. But the value of shear stress could be relevant for the dimensioning of the
structure. For that reason this paper will focus on the definition of the horizontal bracing as well as on the definition of
the resultant forces at the member ends. To this end the general relationship between internal force variables at the
perfect member and the imperfect member, as well as the effect of the deformation will be considered. The discovered
solution will be compared with FEM-analyses and Eurocode 5 [2].
KEYWORDS: analytic solution, bracing force, imperfection, glued laminated timber

1 INTRODUCTION

12

Slender members, that are not sufficiently braced, fail
because of bending pressure, before bending tensile
strength is reached. The reason is imperfection, here in
the meaning of discrepancy from the planned geometry
to the imperfect geometry. Because of imperfection
immoderate deformation appears that causes additional
bending pressure in the pressure zone. In case of a very
small discrepancy, like in case of almost perfect
members, and big slenderness of the member a sudden
loss of load-bearing capacity, tilting, could appear. To
avoid a premature loss of load-bearing capacity, slender
members have to be braced by supports that are stiff
enough and that are capable of bearing the bracing loads.
Since some years, powerful non-linear FEM-programs
are usable to prove the effectivity of lateral bracing of
members. But the necessary FEM-model usually
requires a lot of effort to input, prove and utilise.
In Eurocode 5 [2] a rough approximation for the bracing
load is mentioned. There a constant horizontal load is
assumed to consider the imperfection of a member. But
the approximation is based on buckling of a compression
1

Michael Gerloff, Technische Universität Braunschweig,
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strut. The bracing load is given with a linear relationship
to a resultant axial compression force of the compressed
part of the member. This resultant axial compression
force can be reduced according to the distance of the
bracing points. In case of a continuous bracing the
resultant axial compression force can be reduced to zero.
Because of this the bracing load becomes zero as well.
Kind and form of an imperfection are not considered for
the calculation of the size of the bracing load.
Furthermore the minimum stiffness of the bracing is
given with a linear relationship to the resultant axial
compression force, too. Nevertheless a minimum
stiffness of a bracing is necessary to ensure the
effectiveness of the bracing.
An analytic proof of simply supported beams is given by
[1]. There deformations are approximated via Fourier
series. Bracing forces must be derived from those
deformations. In case of I-section beams a similar
method by [3] could be used. However in that method
the boundary conditions at the member ends are not
adhered to.
All described methods are solved by equilibrium at the
deformed member, thus geometric non-linear methods.
The solution in this paper uses equilibrium at the
imperfect member according to first order theory. The
imperfections are predetermined in form and size, while
form and size of the bracing load are determined.
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2 MECHANICAL MODEL OF THE
VERTICALLY AND HORIZONTALLY
LOADED MEMBER
A member with rectangular cross-section and fork
bearing at the member ends is charged with a vertical
linear distributed load qz,A(x), that has a horizontal
distance vy,A,qz,0(x) from the centre of gravity to the line
of load application, and a horizontal linear distributed
load qy,A(x), that has a vertical distance az,y,A from the
centre of gravity to the line of load application (see
Figure 1 and Figure 2).
To describe the behaviour of the model it is necessary to
introduce two Cartesian coordinate systems. A global
coordinate system (x,y,z) is related to the planned i.e.
perfect member. A local coordinate system (x,y,z) is
related to the deformed and imperfect member (see
Figure 2).
The general assumptions of bending theory of elastic
straight slender beams are assumed. Furthermore,
rectangular cross-sections, rigid supports and external
loads maintaining their direction are assumed.
In the model the linear distributed loads qz,A(x) and
qy,A(x) cause internal force variables

{

S = N x ,Q y ,Qz , M x , M y , Mz

}

(1)

and corresponding strains

{

}

ε = u 'x , γ y , γ z , ϑ'x , v 'y' ,ϕ , w 'z' ,ϕ .

(2)

The internal force variables and the corresponding
strains of Equation (1) and (2) are related to the planned
geometry. But to determine the internal force variables,
the lever arms from the actual location of the load
application to the centre of gravity of the proposed
geometry i.e. the eccentricities must be considered. This
approach was chosen to facilitate later consideration of
several different imperfections or deformations in the
calculation of the internal force variables. To determine
the strains from the internal force variables, both
referring to the planned geometry, it is necessary to have
variable constitutive equations for the planned geometry
that consider the variability of the location and
orientation of the cross-section of the member because of
the deformations or imperfections. As the cross-section
of the member is assumed as rectangular the constitutive
equations for the local cross-section are simple. To use
that circumstance a transformation of the internal force
variables from global coordinate system to local
coordinate system is required. This transformation
includes two components. The first component is a
translation Ttrans from the position of the planned/perfect
member to the position of the deformed/imperfect
member (see Figure 3 and Equation (3)).

Figure 1: Model of the unbraced member

Figure 2: Coordinate systems

Figure 3: Components of translation

Figure 4: Components of rotation
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S G~ (x ) = Ttrans (x )S(x )

(3)

where

Ttrans

0
0
 1
 0
1
0

 0
0
1
=
w (x ) − v(x )
 0
− w (x )
0
u (x )

0
 v(x ) − u (x )

0 0 0
0 0 0
0 0 0

1 0 0
0 1 0

0 0 1

The second component is a rotation Trot from the global
axial directions to the local axial directions (see Figure
4). Equation (4) is written for small angles and
linearized.
~
S (x ) = Trot (x )S G~ (x )
(4)
where

Trot

 1
 EA

 0


 0
~
K −1 = 

 0

 0


 0


0

0

0

0

1
GA ~y

0

0

0

0

1
GA ~z

0

0

0

0

1
GI T

0

0

0

0

0

0

0

0

−1
EI ~y


0 

0 


0 


0 

1 
EI ~z 

0 


Finally the local strains must be transformed from the
local axial directions to the global axial directions. For
this transformation, only a reverse rotation is required.
T
ε(x ) = Trot
(x )~ε (x )

 1
v (x ) w (x )
0
0
0 

 '
ϑ(x )
1
0
0
0 
 − v (x )
− w ' (x ) − ϑ(x )
1
0
0
0 
=

'
0
0
1
v (x ) w ' (x )
 0
 0
− v ' (x )
ϑ(x ) 
0
0
1


'
− w (x ) − ϑ(x )
0
0
1 
 0
'

where

(7)

'

where

The complete transformation of the internal force
variables from global coordinate system to local
coordinate system can be written as
~
S (x ) = TS→~S (x )S(x ) = Trot (x )Ttrans (x )S(x ) .
(5)
With the local internal force variables and the
constitutive equations of the cross-section
the
corresponding local strains can be calculated as
~ −1~
~ε (x ) = K
(6)
S (x ) .

 1
− v ' (x ) − w ' (x )
0
0
0 

 '
−
ϑ
v
x
1
x
0
0
0
(
)
(
)


 w ' (x ) ϑ(x )
1
0
0
0 
T
Trot = 

− v ' (x ) − w ' (x )
0
0
1
 0
 0
− ϑ(x ) 
0
0
v ' (x )
1


'
0
0
w (x ) ϑ(x )
1 
 0

This results in an overall equation, as shown in Equation
(8). Where
contains the constitutive equations for
the planned i.e. perfect cross-section. The basis of the
equations is a geometric non-linear theory, as the
equilibrium of forces and the effects of material
behaviour refer to the imperfect member. Because of
linearization, that reduces the validity to small
deformations, this theory will be marked as first order
theory +.

T ~ −1
ε = Trot
K Trot Ttrans S = K −1S .

where

1

EA

 v ' (x ) − v ' (x )
+

GA y
 EA
 w ' (x ) − w ' (x )
+

EA
GA z
K −1 = 

0



w (x )

EI y


v(x )

EI z


v ' (x ) − v ' (x )
+
EA
GA y
1
GA y
(
)
ϑ x − ϑ(x )
+
GA y GA z
w (x )
GI T
0
− u (x )
EI z

w ' (x ) − w ' (x )
+
EA
GA z
ϑ(x ) − ϑ(x )
+
GA y GA z
1
GA z
− v(x )
GI T
− u (x )
EI y
0

(8)

0

0

0

0

0

0

1
GI T
w ' (x ) v ' (x )
+
GI T
EI y
v ' (x ) − w ' (x )
+
GI T
EI z

v ' (x ) w ' (x )
+
GI T
EI y
−1
EI y
ϑ(x ) − ϑ(x )
+
EI y
EI z





0



0


w ' (x ) − v ' (x ) 
+

GI T
EI z 
− ϑ(x ) ϑ(x ) 
+

EI y
EI z 

1

EI z

0
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imperfections are not considered. The imperfections are
supposed as half sine waves as shown in Equations (10)
to (12).

3 MECHANICAL MODEL OF THE
VERTICALLY LOADED AND
HORIZONTALLY BRACED
IMPERFECT MEMBER
3.1

GENERAL ASPECTS

The bracing of the imperfect member consists of rigid
purlins, including purlins at the member ends, and a
separate bracing beam, that represents the horizontal
support for the purlins.
In Chapter 2 qy,A(x) was an external load. Now it is
considered as a bracing load. Because of that it loads as
qy,AB(x) the member as well as qy,BA(x) the bracing beam
(see Figure 5). Furthermore the rigid purlins require
identical horizontal deformations of the imperfect
member and of the bracing beam at the connection with
the horizontal braces. The deformation of the member at
the connection is composed of two parts as shown in
Equation (9).
!

v y,A ,a (x ) = v y,A (x ) − a z , y,A ϑ x ,A (x )= v y,B (x )

(9)

As both, the horizontal deformation and the bracing load
respectively, must be similar for the imperfect member
and the bracing beam at their connection, it is possible to
determine the bracing load qy,AB(x) as long as
imperfections are predetermined. By using the method of
successive approximation a solution of second order
theory can be calculated.
3.2

SOLUTION FOR CONCRETE
IMPERFEKTIONS AND LOADS

The vertical linear distributed load is assumed as
constant qz,A(x)=qz,A. Self-weight is considered as part of
qz,A. Considered as imperfections are initial stress-free
twisting and horizontal deflection of the member. Also
the horizontal eccentricity of the vertical linear
distributed load is considered as independent. Further

Figure 5: Model of the system of member and bracing beam

 x
ϑx ,A ,0 (x ) = ϑx ,A ,0 sin  π  ,
 L

(10)

 x
v y,A ,0 (x ) = v y ,A ,0 sin  π  ,
 L

(11)

 x
v y,A ,qz ,0 (x ) = v y ,A ,qz ,0 sin  π 
 L

(12)

With these assumptions the global internal force
variables SA of the member can be determined as

N x ,A ,l (x ) = 0 ,
Q y ,A ,l (x ) =

(13)

x
1L
∫ q y,AB (x )dx − ∫ q y,AB (x )dx ,
20
0

(14)

L

Q z ,A ,l (x ) = −q z ,A  x −  ,
2


(15)

x


 a z , y,A ∫ q y,AB (x )dx 
0


x
M T ,x ,A ,l (x ) =  − q z ,A ∫ v y,A ,qz , 0 (x )dx  ,


0

 − M tor,x ,A ,l





(16)

(

)

M y ,A ,l (x ) = −q z ,A x 2 − Lx ,

(17)

x

x
xL
M z ,A ,l (x ) = −⌠
 ∫ q y ,AB (x )dxdx + ∫ q y.AB (x )dx .
20
⌡0
0

(18)
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The internal force variables SB of the bracing beam can
be determined as

With the transformations of Equation (5) the local
internal force variables of the member can be written as

N ~x ,A ,l (x ) = v 'x ,A , 0 (x )Q y ,A ,l (x ) ,

(

)

Q ~y ,A ,l (x ) = Q y ,A ,l (x ) + ϑx ,A , 0 (x )Q z ,A ,l (x ) ,

(

)

Q ~z ,A ,l (x ) = − ϑx ,A , 0 (x )Q y ,A ,l (x ) + Q z ,A ,l (x ) ,

 − v y,A , 0 (x )Q z ,A ,l (x )


M T ,~x ,A ,l (x ) =  + M T,x ,A ,l (x )
,
 + v 'y,A , 0 (x )M y ,A ,l 



(

)

)

(25)

(20)

Q y ,B,l (x ) = −Q y,A ,l (x ) ,

(26)

(21)

Q z ,B,l (x ) = 0 ,

(27)

M T ,x ,B,l (x ) = 0 ,

(28)

M y ,B,l (x ) = 0 ,

(29)

M z ,B,l (x ) = −M z ,A ,l (x ) .

(30)

(23)

M ~z ,A ,l (x ) = − ϑx ,A ,l (x )M y ,A ,l (x ) + M z ,A ,l (x ) .

(

N x ,B,l (x ) = 0 ,

(22)

 − v 'y ,A ,l (x )M T ,x ,A ,l (x )


M ~y ,A ,l (x ) =  + M y,A ,l (x )
,
 + ϑ x ,A ,l (x )M z ,A ,l (x ) 






M
(x ) − 1 + − 1 
 z , A, l  EI z , A EI z , B 

 1
1


+

  GA y , A GA y, B
 + M '' (x ) 
2
z , A ,l

  a z , y , A 
+

  GI


T,A 
 


(19)

Based on these equations, the following inhomogeneous
ordinary differential equation of second order, Equation
(31), can be determined. In this equation the only
unknown variable is the moment M , ,ℓ (x).
A solution of this Equation is shown in Equation (32).

(24)



 1 

v


y , A , 0 a z , y , A (− q z , A )
2
1 2
GI T , A 
π
 x 

 x − Lx   sin  π 
2
 2
 1
−1
L
 L   L 


q
(
)
ϑ
−
+
+


x
,
A
,
0
z
,
A
 π
 EI y , A EI z , A
 


 
  



  =  +  x − L  π  cos π x  ϑ
 1 + −1  
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2
2

1 2
 x − Lx  π  sin π x  π  (− C ) 
1

2
 L  L 
L
2

 
L  π   x  π 
 +  x −   cos π   (2C1 − C 2 )
2  L   L  L 

q y,AB (x ) = −q y,BA (x ) =  
2


 x  π 

 + sin  π   (C1 − 2C 2 − C 3 )
 L  L 


2


  x 1   C 4 
 C5

 + cosh C 4  −  
  L 2   L 



(

where
 − K1 

C1 = 
 K4 

 − K 2 − C1K 5 

C 2 = 
K4


 − K 3 + C 2 K 5 − C1K 6
C3 = 
K4

 − K7
C 4 = ± L 
 K8









(31)

)

  L  π 

   C 2 


2 L
C5 =    



1


 cosh C 4  −   



  2  

where



v
a
(− q z,A ) 1 
 y ,A , 0 z , y ,A
GI
 T ,A 
K1 = 
2

L
 +   ϑ
(− q z,A ) 1 + − 1
  π  x ,A , 0
 EI y,A EI z ,A


(32)
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 1
−1
+
K 2 =  ϑ x ,A , 0 (− q z ,A )
 GA y ,A GA z ,A












ϑ
(− q z,A ) 1 + −1 
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 GA y ,A GA z ,A 
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− v y ,A ,qz , 0 a z , y ,A (− q z ,A )
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1
+
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)

2
  1
a z , y ,A
1
K 8 =  − 
+
+
GI T ,A
  GA y,A GA y,B
 












 


4 EVALUATION OF THE SOLUTION
4.1

QUALITY OF THE SOLUTION

To evaluate the quality of the solution found this is
compared with the results of a finite element calculation.
For orientation the bracing load of [2] is included, but
ignoring the reduction (to zero) because of the distance
of the bracing points. Besides this, results shall give a
link to the results of the next chapter. The system is
shown in Table 1.
To better understand the charts, the indices of the legend
entries are explained now. The first part of an index
refers, with exception of the indices of the twisting
moment, to the coordinate system. The character shows
the axial direction. The tilde marks that the result refers
to the local coordinate system. In case of the twisting
moment the first character indicates, that this is a
twisting moment and not a bending moment. Then the
regular index starts. The second part of an index refers to
the element. The imperfect member is marked with the

Figure 6: Horizontal lateral forces of the braced system

character A, while the bracing beam is marked with the
character B. The third part of an index refers to the
method the result comes from. The finite element
calculation is marked with the abbreviation num for
Table 1: Data of the system

system length
height of the imperfect
member
width of the imperfect
member
horizontal shear stiffness
of the imperfect member
vertical shear stiffness of
the imperfect member
torsional stiffness of the
imperfect member
vertical bending stiffness
of the imperfect member
horizontal bending
stiffness of the imperfect
member
distance from centre of
gravity of the imperfect
member to the connection
with the braces
vertical linear distributed
load of the imperfect
member
amplitude of the initial
twisting of the imperfect
member
amplitude of initial
horizontal deflection of
the imperfect member
amplitude of the initial
eccentricity of the vertical
linear distributed load
shear stiffness of the
bracing beam
bending stiffness of the
bracing beam

L
hA

= 18.00 m
= 1.50 m

dA

= 0.15 m

GAy,A

= 135,000 kN

GAz,A

= 135,000 kN

GIT,A

= 1,141 kNm²

EIy,A

= 489,400 kNm²

EIz,A

= 4,894 kNm²

az,y,A

= -0.75 m

qz,A

= 12.80 kN/m

, ,

= 30 mrad

vy,A,0

= 22.5 mm

ϑ

vy,A,qz,0
GAy,B
EIz,B

= 45 mm
= 3,600 kN
= 14,500 kNm²

Figure 7: Twisting moments of the braced system
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Figure 8: Horizontal bending moments of the braced system

Figure 10: Twistings of the braced system

Figure 9: Bracing load of the braced system

Figure 11: Horizontal deformations of the braced system

numeric, the analytic solution with the abbreviation ana
and the calculation based on [2] with EC5. For easier
distinction the graphs of the imperfect member are
coloured in black and the graphs of the bracing beam are
coloured in grey.
The results of the finite element calculation and the
analytical solution are presented in Figure 6 to Figure 11.
From the graphs it is evident that the analytical solution
and the finite element solution agree well. Furthermore,
it is evident that the local internal force variables of the
imperfect member can be clearly distinguished from
those related to the planned cross-section. Usually the
average sizes of the local internal force variables are
smaller than the average sizes based on the planned
cross-section (see Figure 6 up to Figure 8).

The variations 1, 2 and 3 have the same eccentricity on
top side of the member where the vertical load is
applied, but the initial twisting and horizontal deflection
of the member is different. Thus the eccentricity of the
vertical linear distributed load is identical too. The
variations 2 and 4 have the same initial twisting, but in
variation 2 the bottom side is straight, while in variation
4 the top side is straight.
To clear the graphs the indices are elongated with a
number to show the variation.
The results are shown in Figure 12 to Figure 17.
Additionally the results of a calculation with [2] are
included, but again the reduction because of the distance
of bracing points is ignored.
Figure 12 and Figure 15 indicate that initial twisting and
eccentricity of the vertical load application have a
roughly equivalent influence on the graphs of the
horizontal lateral forces and the bracing loads. In this
example the influence of the eccentricity of the vertical
load application of 45mm on the horizontal lateral forces
is equal to an initial twisting of the member of 30mrad.
From the graphs of Figure 13 it can be seen that the
initial eccentricity of the vertical load application
determines the size of the twisting moment at the
member ends, while the initial twisting determines the
shape of the graphs. Figure 16 indicates the twisting is
determined mainly from the initial eccentric application
of the vertical load. Figure 14 indicates that the
horizontal bending moment is determined almost

4.2

INFLUENCE OF THE IMPERFECTION

In this chapter the influence of the imperfections is
shown. Starting from the system described in Table 1 the
imperfection is varied as shown in Table 2.
Table 2: Imperfections of varied system

Variation
ϑ , , [mrad]
vy,A,0 [mm]
vy,A,qz,0 [mm]

1
0.0
45.0
45.0

2
30.0
22.5
45.0

3
60.0
0.0
45.0

4
30.0
-22.5
0.0
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absolutely by the initial twisting. Besides this the
horizontal deformation is almost completely determined
by the initial twisting of the member as it can be seen in
Figure 17.
From the diagrams it can be seen, that the unreduced
bracing load of [2] partly underestimates the maximum
values of the analytical results. The internal force
variables due to the bracing load are overestimated.
However, disregarding the bracing load due to the
continuous support, as proposed in [2], is not useful.

5 CONCLUSIONS
In case of a member with rectangular cross-section,
predetermined imperfections, fork bearing support at the
member ends, loaded with a vertical linear distributed
force qz,A(x), that has a horizontal distance vy,A,qz,0(x)
from the centre of gravity to the line of load application,
and a horizontal linear distributed bracing load qy,A(x),
that has a vertical distance az,y,A from the centre of
gravity to the line of load application, it is possible to
calculate the bracing loads of a bracing beam by first

Figure 12: Horizontal lateral force of the imperfect member

Figure 15: Bracing load

Figure 13: Twisting moment of the imperfect member

Figure 16: Twisting of the imperfect member

Figure 14: Horizontal bending moment of the imperfect
member

Figure 17: Horizontal deformation of the imperfect member
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order theory +. By using the method of successive
approximation a solution of second order theory can be
calculated.
The comparison of the found solution with [2] shows
significant differences. On the one hand [2] offers to
neglect the bracing load because of a continuous brace.
However in case of a continuous bracing the analytical
solution shows that the bracing loads must be considered
as relevant. On the other hand if the bracing load is not
neglected results must be considered as too conservative.
Furthermore the initial twisting must be considered as
important for the bracing load. The influence could be
considered as equivalent to the horizontal deflection. In
further investigations other bracing systems should be
investigated too to reassess the rules of [2] for bracings.
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STUDY ON IN-PLANE SHEAR PERFORMANCE OF A COLUMN WITH A
SPANDREL WALL
Youichi Hayasaki1, Naoya Shojo2, Kimiko Miyoshi3, Asami Mori4, Yoshimitsu Ohashi5
ABSTRACT: A seismic design method for traditional Japanese timber structures is under development. In this study,
we provide a description of a column with a spandrel wall, which is one of the structural features of traditional Japanese
timber structures. This paper describes in-plane shear testing for a column with a spandrel wall and proposes a method
to evaluate the shear performance of the structural model. The relationship between the load and the shear deformation
angle has been clarified through such in-plane shear testing. This study proposes a structural model for determining the
envelope of experimental results with regard to the load and the deformation angle, and shows that the experimental
results and solution of the model equations have good correspondence until the shear deformation angle reaches
approximately 1/250 radians.
KEYWORDS: Traditional Japanese timber structure, A column with a spandrel wall, In-plane shear testing

1 INTRODUCTION 1234
For the last several years, Japanese housing policies have
been updated on the basis of enhancing the value of
housing and ensuring that the said housing be made use
of for a significant period of time. Because this agenda
has been embodied in the traditional Japanese timber
structure, quantitatively studying the aseismic
performance of such structures is an important topic of
research. The development of an aseismic design method
for traditional Japanese timber structures is presently
underway.
The present paper studies a column with a spandrel wall,
which is one of the structural features of traditional
Japanese timber structures. In such a column, the inplane shear resistance of the spandrel wall, bending
resistance of the column, and moment resistance at the
column and sashigamoi joint are the horizontal
resistance elements of the structure. These elements
determine the entire horizontal resistance of the structure
when they are combined. In the experiment conducted in
this study, the spandrel wall was a clay wall, and the
column and sashigamoi were jointed with one or two
cotter pins. In addition, we propose a structural model
for a column with a spandrel wall whose seismic element
is modeled with a spring. Equations expressing the
1
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5
Yoshimitsu Ohashi, Tokyo City University, Japan, ohashiy@tcu.ac.jp

envelope of experimental results of the load and
deformation angle were devised with this structural
model, and the effectiveness of the equations was
investigated by comparing the solution of the equations
with the experimental data.

2 OUTLINE OF EXPERIMENTS

2.1 TEST SPECIMENS

The configuration of the test specimens and the
displacement sensor points are shown in Fig. 1. The test
specimen was placed upside down. In the test specimens,
the spandrel wall (clay wall) was mounted on only one
side of the column (Fig.2). One or two tenons were used
at the column and sashigamoi joint (Fig.3). The square
column (150 × 150mm) was glue-laminated Japanese
cypress (E95-F270), the sashigamoi was glue-laminated
Douglas fir (E120-F330), and the cotter pin was oak.
Two types of test specimens having a different structure
at the column and sashigamoi joint were used. One type
used one tenon (KK1) while the other type used two
tenons (KK2) at the joint. The number of test specimens
is each three members, six members in total.
Table 1: Outline of specimens (units: mm).
Specimen
sign

Crosssection
of column

Cross-section
of sashigamoi

KK1
KK2

150×150

120×300

Shape of joint
(columnsashigamoi)
Tenon1
Tenon2
Total

number
3
3
6
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measure the relative displacement between the column
and sashigamoi.
DG1

beam
post

DG: displacement sensor

This section shows the relationship between the load and
the shear deformation angle. The load uses the value
measured by the load meter, and the shear deformation
angle uses the apparent shear deformation angle. They
were calculated using the following equation:
shear deformation angle    DG1  DG3 ,

1,820

DG5
DG7
DG6

h

where  is the shear deformation angle (rad.), and
h is the height between DG1 and DG3 (=2655 mm).
DG4

DG3

Figure 1: Experimental specimen and measurement points.

Figure 2: Overview of the clay wall.

Figure 3: Overview of the column and sashigamoi joint

(pictured to the left: one cotter pin
, pictured to the right: two cotter pins).

2.2 TEST METHOD
An actuator was placed at the column base to apply an
alternating load. The apparent shear deformation angle
was repeated at 1/450, 1/300, 1/200, 1/150, 1/100, 1/75,
1/50, 1/35, 1/20, and 1/10 radians. The apparent shear
deformation angle of 1/450-1/35 radians was repeated
three times each. After that, only unilateral load was
present.
A load meter on the actuator was used to measure the
load and an electric displacement sensor was used to
measure the displacement of each part. Seven
displacement meters were placed for each specimen.
DG1-DG4 were used to measure the absolute
displacement of each part. DG5-DG7 were used to

Figure 4 shows the load-shear deformation angle
relationship of each specimen. The envelope of
experimental results of the load and deformation angle
shows that there was no marked dispersion.
Figure 5 shows a comparison of the shape of the joint
and the difference in the load direction. Figure 5 (right)
shows the results of the reversed history of the third
quadrant to the first quadrant.
The stiffness of the joint with two tenons (KK2) was
higher than that of the joint with one tenon (KK1).
However, the maximum load of the joint with one tenon
(KK1) was higher than that of the joint with two tenons
(KK2). The gradients of the curves show that the load
and shear deformation angle relationship was almost
identical for any of the test specimens when the angle
was 1/25 radians or larger.
A comparison of the force direction, KK2 indicates a
similar tendency until the shear deformation angle
reached approximately 1/30 radians, because the column
and sashigamoi joint had a vertically symmetrical shape.
The stiffness of the pull side decreased when the angle
was 1/30 radians or more. It is thought that the tenon(s)
at the column and sashigamoi joint shear-failed at the
mortise.
In the case of KK1, a difference between the push side
and the pull side appeared when the angle reached
approximately 1/150 radians or more. It is thought that
the column and sashigamoi joint did not have a vertically
symmetrical shape.

Load (kN)

DG2

6

6

5

5

4

4

3

3

2

2

1

0
-80 -60 -40 -20 0
-1

20

40

-2
-3

60

80 100 120 140
KK1-1
KK1-2
KK1-3
Ave.

-4
Shear deformation angle (×10-3rad.)

Load (kN)

column
sashigamoi

section size(mm)
tree species and grade
部材
断 面 寸 法 (mm)
樹 種お よ び 等 級
glue-laminated
Japan
(E95-F270)
柱150×150 150× 15
ヒノキ
集 成cypress
材 (E95-F2
70)
0
差 鴨120×300
居
120× 30 0
ベ イマ ツ 集 成 材
梁
120× 12 0
glue-laminated Douglas
(E120-F330)
(E120-Ffir330)
120×120
束
120× 12 0
120×120
2,800

member

2.3 EXPERIMENTAL RESULTS

1

0
-80 -60 -40 -20 0
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-2
-3

20
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80 100 120 140
KK2-1
KK2-2
KK2-3
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-4
Shear deformation angle (×10-3rad.)

Figure 4: Load-shear deformation angle relationship of each
specimen.
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3 EVALUATION WITH STRUCURAL
MODEL

6

3
2

KK1 (Ave.(First quadrant))
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KK2 (Ave.(First quadrant))
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1
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0

0

20
40
60
80
100
120
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Figure 5: Comparison of load-shear deformation angle
relationship.

The envelope of experimental results of the load and
deformation angle was assessed by means of perfect
elastoplasticity, and the results are shown in Table 2.
The stiffness removed the initial slip.
Table 2: Evaluation results of the load-shear deformation
angle relationship.
Specimen
sign

k
（kN/rad.）

Py
（kN）

γy
（rad）

Pmax
（kN）

Pu
（kN）

KK1-1
KK1-3

87.8
92.3
101

4.12
4.04
4.75

1/21
1/23
1/21

5.68
4.92
5.78

4.90
4.51
531

Ave.

93.7

4.30

1/22

5.46

4.91

KK2-1
KK2-3

107
115
137

3.07
3.26
3.42

1/35
1/38
1/40

4.26
5.41
4.67

3.79
4.33
4.20

Ave.

123

3.25

1/38

4.78

4.11

KK1-2

KK2-2

2.4 FAILURE BEHAVIOR
For any test specimen, the tenon(s) at the column and
sashigamoi joint shear-failed at the mortise. All
specimens failed when the shear deformation angle
reached approximately 1/18 radians in the case of KK1
and approximately 1/35 radians in the case of KK2.
The clay wall confirmed a few floats of the corner from
approximately 1/100 radians, the crush behavior of the
corner from approximately 1/20 radians, and peeling of
the clay wall at 1/10 radians.
Figure 6 shows the failure behavior of the test specimens.
The left figure shows a complete view of the specimen,
the central figure shows the shear failure of the tenon,
and the right figure shows a crack in the clay wall.

140

We will propose equations expressing the envelope of
the experimental results for the load and the deformation
angle.
The equations show that the detailed evaluation method
takes the moment resistance at the column and
sashigamoi joint into account, while the simple
evaluation method does not take the moment resistance
at the column and sashigamoi joint into account. The
effectiveness of the equations was investigated by
comparing the evaluation results with the experimental
results.
3.1 SIMPLE EVALUATION METHOD
3.1.1 MODELLING AND EVALUATION
METHOD
This section describes modelling of a column with a
spandrel wall. It does not take the moment resistance at
the column and sashigamoi joint into account.
The column and sashigamoi joint is modeled with a pin
node. Figure 7 is a view showing a frame of the model.

   w  c
P

 w
Column and sashigamoi joint :
pin node

Where

Bending deformation acts between
the center line of the sashigamoi
position and the load-point position.

 is the total deformation,  w is the deformation of

the spandrel wall (load-point position),

c

is the deformation

of column, and  w is the deformation of the spandrel wall
(position of a spandrel wall).
Figure 7: View showing a frame of the model.

We extrapolated a hysteretic property from the
structured model and the stress relationship of Figure 7.
The evaluation went through the following procedure:
① Pw was calculated from the deformation of a
spandrel wall (  w ).
( Pw is quoted from the value in the literature[1][2])

② P acting on the upper column was calculated
from Pw acting on the spandrel wall. P is
Figure 6: Failure behavior.

expressed by the following equations:
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hc
P,
hw
h
P  w  Pw .
hc

Pw 

(1)
(2)

Table 3: Experimental and evaluation results.
Specimen
sign
KK1-1
KK1-2
KK1-3
Ave.
KK2-1
KK2-2
KK2-3
Ave.

③ The displacement of column was calculated using
P .The column was modeled as a cantilever
column above the center line of the sashigamoi,
and so the displacement is expressed by Equation
(3).

c 

P  hc 3
.
3EI

(3)

④  w was calculated using the deformation of a
spandrel wall (  w ), and the total deformation
(  ) was calculated using  w plus  c .

3.1.2 COMPARISON OF EVALUATION
RESULTS WITH EXPERIMENTAL
RESULTS
This section shows a comparison of the equations
described in Section 3.1.1 with experimental results.
Figure 8 and 9 show a comparison of the hysteretic
properties. Table 3 shows a comparison of the
experimental results with evaluated results concerning
the initial stiffness and maximum load.
6
5
4

Load (kN)

3
2
1

0
-80 -60 -40 -20 0
-1
-2
-3

3.2 DETAILED EVALUATION METHOD
3.2.1 MODELLING AND EVALUATION
METHOD
The structural model takes into account the moment
resistance at the column and sashigamoi joint. The inplane shear resistance element and moment resistance
element at the column and sashigamoi joint was modeled
with a spring. Figure 10 is a view showing a frame of the
model.
P

A
x

Bending resistance of the column

-4
Shear deformation angle (×10-3rad.)

hc

In-plane shear resistance of the spandrel wall
Moment resistance at the column and sashigamoi joint

h

6

C

5
4

Load (kN)

1

-3

k

B

2

-2

X

hw

3

0
-80 -60 -40 -20 0
-1

Maximum load（kN）
Experiment
Evaluated
al results
results
5.68
4.92
3.63
5.78
5.46
4.26
5.41
3.63
4.67
4.78

A comparison of the experimental results with the
evaluation results lead to the following considerations.
・ The hysteric properties resulted in the fact that the
load is lower than the experimental results as a
whole.
・ While the initial stiffness of KK1 showed a good
correspondence, the evaluation results of KK2 were
about 70% of the experimental results. In the case
of KK1, since the rotational stiffness of the joint
portion was low, it is believed to have shown
relatively coincident results.
・ The evaluation results of both maximum loads were
about 70% of the experimental results.

20 40 60 80 100 120 140
KK1-1
KK1-2
KK1-3
Ave.
Simple evaluation equation

Figure 8: Comparison of load-shear deformation angle
relationship (KK1).

Initial stiffness（kN/rad）
Experimental
Evaluation
results
results
87.8
92.3
84.4
101
93.7
107
115
84.4
137
123

Figure 10: Structural model.
20

40 60 80 100 120 140
KK2-1
KK2-2
KK2-3
Ave.
Simple evaluation equation

-4
Shear deformation angle (×10-3rad.)

Figure 9: Comparison of load-shear deformation angle
relationship (KK2).

Assuming that the force acting on the spring is X, the
bending moment of column AB is expressed by the
following equation:

M1 ( x )  P  x ,
M 2 ( x)  P  x  X ( x  hc ) .

（ 0  x  hc ）
（ hc  x  h ）
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Therefore, the strain energy stored within the structure of
the column and spring is expressed by Equation (4):

U 

hc

0

2
h M ( x)
M 1 ( x) 2
X2
2
.
dx  
dx 
hc
2 EI
2 EI
2k

(4)

According to the theorem of least work, the following
equation (5) can be obtained:
U 1

X EI



hc

0

M 1 ( x)

M1 ( x)
1
dx 
X
EI



h

hc

M 2 ( x)

M 2 ( x)
X
dx   0 .
X
k

(5)

Therefore, the force X (force acting on the spring) is
expressed by Equation (6):

 h  hc   2h  hc   k P
X
,
3
6 EI  2  h  hc   k
2

h  hc  hw ,
X

 2h  hc   hw2  k P .

In addition, a spring was used to model the in-plane
shear resistance of the spandrel wall and the moment
resistance at the column and sashigamoi joint is
expressed by Equation (9):

X  k  ,

where X is the force acting on the spring (kN), k is the
spring stiffness (kN/mm), and  is the displacement of
the spring (mm).
This spring stiffness ( k ) applies to the experimental
results of the column and sashigamoi joint of the
literature[1][2] and the in-plane shear test of the spandrel
wall. As for the in-plane shear test of the spandrel wall,
the experimental results apply to the variable. However,
with the moment resistance test of the joint, the
experimental results do not apply to the variable.
Therefore, the rotational stiffness of the joint was
calculated in the process described next.

(6)

6 EI  2hw3  k

(9)

P

Next, the displacement of the load point is calculated
using the principle of virtual work.
・Moment with actual load
M1 ( x )  P  x ,
（ 0  x  hc ）

hc

j

h

M 2 ( x)  P  x  X ( x  hc ) . （ hc  x  h ）

M  hc  P

・Moment with virtual load

M1 ( x)  x ,

M 2 ( x)  x  X ( x  hc ) ,
A  

hc

0



（ 0  x  hc ）
（ hc  x  h ）

h M ( x)  M ( x)
M1 ( x)  M 1 ( x)
2
2
dx  
dx .
h
c
EI
EI

The displacement of the load point (  A ) is expressed by
Equation (7).

A 

Figure 11: Structural model of the column and sashigamoi
joint.

The bending moment acting on the joint is expressed by
the following equation:

P

12 EI  3EI  hw3  k 

(7)

The rotation angle (  c ) at the column and sashigamoi
joint is expressed by Equation (8).

C 

M  hc  P ,
M  Rj  .

2

 36 E 2 I 2  hc  hw 3  6 EI  hc 2  hw3  4hc  3hw  k 


  h 2  h 6  4h  3h  k 2

c
w
c
w



hw  6 EI  2hc  hw   hc  hw3  k 
4 EI  3EI  hw3  k 

where R j is the rotational stiffness of the joint
(kNm/rad).
The horizontal load and displacement is expressed by the
following equation :

hc  P  R j 
P.

hw

M  R 

(8)

j
hw

P

Rj
hc  hw

 j . (10)

Therefore, the stiffness ( k j ) is expressed by the
following equation:
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Rj
hc  hw

.

(11)

Next, in order to apply the experimental results of the
moment resistance at the column and sashigamoi joint
and the in-plane shear resistance of the spandrel wall to
the evaluation formula derived above, the hysteretic
property was modeled. For the modeling, the slope
between the origin and the yield point of the
experimental results was assumed to be primary stiffness,
and the slope between the yield point and the maximum
load point was assumed to be secondary stiffness. All the
data are the averaged values of the experimental results
of the three specimens. Figures 12–14 show the
structural model of the hysteretic properties.
・The column and sashigamoi joint
・One tenon

Moment (kNm)

6
3
-40

0
-3

0

40

80

120

-6
-9
-12
Relative rotational angle (×10-3 rad)

the first quadrant
R j1  285 kNm/rad

the third quadrant
R j1  108 kNm/rad

Rj2 

96.6 kNm/rad

Rj2 

25.8 kNm/rad

My 

4.10 kNm

My 

1.85 kNm

M max  5.83 kNm

・Two tenons
12

9
6
Moment (kNm)

10

5
-100

-80

-60

-40

-80

-40

-3

40

80

120

-6
-9
-12
Relative rotational angle (×10-3 rad)

the first quadrant
R j1  463 kNm/rad

My 

3.90 kNm

-5

0

20

40

60

80

100

-15
-20
Shear deformation (mm)

the first quadrant
kw1  0.909 kN/mm
7.60 kNm

the third quadrant
kw2  0.107 kN/mm

Pmax  15.2 kNm

When deriving the relationship between the load and the
deformation angle of a column with a spandrel wall, we
must take into account the following conditions:
・ A column with a spandrel wall does not cause a
decrease in the load until the column is broken.
・ A column and sashigamoi joint and a spandrel
wall bear the previous horizontal force even when
each element reaches the maximum load to
function as the horizontal resistance element
(treated as a plastic hinge).
・ When the joint portion and vertical wall have
reached the maximum load before the column
breaks, only the deformation is assumed to
progress with the stiffness remaining as zero.

c

0

0

-10

3
0

-20

・The column
The column bears the horizontal force by holding the
initial stiffness, and it is assumed to be destroyed in a
brittle manner after the maximum load is reached. In
other words, it is assumed to show a linear property. The
maximum load of the column was determined by the
following evaluation method. Here additional
deformation due to the cross-sectional deficiency was
not taken into consideration.

M max  3.13 kNm

Figure 12: Modeling of hysteretic properties of the
column and sashigamoi joint (one cotter pin).

-120

15

Figure 14: Modeling of the hysteretic property of a spandrel
wall.

9

-80

20

Py 

12

-120

・The spandrel wall

Load (kN)

kj 

the third quadrant
R j 2  166 kNm/rad

M max  6.82 kNm

Figure 13: Modeling of hysteretic properties of the column and
sashigamoi joint (two cotter pins).

Pmax 

Zn  b
,
hc

(12)

where c Pmax is the maximum load of the column (kN),

Z n is the section modulus of the defect cross-section
(mm3), and  b is the bending fracture strength of the
member (27.0N/mm2).
・The column and sashigamoi joint
The yield and maximum load was calculated from the
bending moment acting on the joint.
jMy
,
(13)
j Py 
hc
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j

where

j

Pmax 

j

M max
hc

,

6

(14)

5

Py is the yield load of a joint calculated from

4
3

yield moment of the joint (kNm), j Pmax is the maximum
load of the joint calculated from the yield moment of the
joint (kN), and j M max is the maximum moment of the

Load (kN)

the yield moment of the joint (kN), j M y is the turning

w

w

Py 

Pmax

6 EI  2hw3  k
 X ,
 2h  hc   hw2  k w y

w

X y is

the yield load of a spandrel wall (kN), w Pmax is the
maximum load of a spandrel wall calculated from the
shear force acting on the spring (kN), and w X max is the
maximum load of a spandrel wall (kN).
3.2.2 COMPARISON BETWEEN EVALUATION
RESULTS AND EXPERIMENTAL RESULTS
This section shows a comparison of the equations
described in Section 3.2.1 with experimental results.
Figure 15 and 16 show comparisons of hysteretic
properties. Table 4 shows a comparison of the
experimental results with evaluated results concerning
the initial stiffness and maximum load.
6
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4

2

1

-2
-3

40
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80 100 120 140

Figure 16: Comparison of load-shear deformation angle
relationship (KK2).

KK1-1
KK1-2
KK1-3
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KK2-1
KK2-2
KK2-3
Ave.

Initial stiffness（kN/rad）
Experimental Evaluation
results
results
87.8
92.3
177
101
93.7
107
115
177
137
123

80 100 120 140

KK1-1
KK1-2
KK1-3
Average
Structural model

-4
Shear deformation angle (×10-3rad.)

Figure 15: Comparison of load-shear deformation angle
relationship (KK1).

Maximum load（kN）
Experimental Evaluation
results
results
5.68
4.92
2.96
5.78
5.46
4.26
5.41
2.96
4.67
4.78

A comparison of the experimental results with
evaluation results lead to the following considerations.
・ The hysteric property shows that the initial stiffness
was high, and that the maximum load was low.
The hysteretic model exhibited good results until
the shear deformation angle reached approximately
1/250 radians in the case of KK1 and
approximately 1/120 radians in the case of KK2.
However, the stiffness differences between the
experimental results and evaluation results
gradually increased after the shear deformation
angle above. A more detailed model of the joint and
the spandrel wall is open for further discussion.
・ As for the maximum load, the evaluation results
were within 60% of the experimental results.

4 CONCLUSIONS

3

20

60

KK2-1
KK2-2
KK2-3
Average
Structural model

-4
Shear deformation angle (×10-3rad.)

Specimen
sign

Py is the yield load of a spandrel wall calculated

0
-80 -60 -40 -20 0
-1

-3

40

Table 4: Experimental and evaluation results.

6 EI  2hw3  k

 X ,
 2h  hc   hw2  k w max

from the shear force acting on the spring (kN),

Load (kN)

20

-2

・The spandrel wall
The yield load and maximum load calculated shear force
acting on the spandrel wall is expressed by the following
equations:

w

1

0
-80 -60 -40 -20 0
-1

joint (kN).

where

2

The relationship between the load and shear deformation
angle was obtained through in-plane shear testing using a
column with a spandrel wall. Equations expressing the
envelope of experimental results were devised and the
solutions of the equations were compared with the
experimental results. The obtained results are listed
below:
・ We confirmed the in-plane shear performance of a
column with a spandrel wall with details such as the
horizontal resistance element, and the failure
behavior.
We identified the shear performance in the aspect
of the independent pillar with the appendix wall
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・

・

・

・

・

with details such as the horizontal resistance
element.
The stiffness of a joint with two tenons (KK2) was
higher than that of a joint with one tenon (KK1).
However, the maximum load and yield load of a
joint with one tenon (KK1) was higher than that of
a joint with two tenons (KK2). The gradient of
curves showing the load and shear deformation
angle relationship was almost identical for the test
specimens when the angle was 1/25 radians or more.
It was discovered that the tenon(s) at the column
and sashigamoi joint experienced shear failure at
the mortise. Furthermore, cracks were observed at
the corner of the clay wall.
An evaluation method taking all the horizontal
resistance elements in a column with a spandrel
wall into account and one without taking the
moment resistance at the column and sashigamoi
joint into account (as a simplified evaluation
method ) were proposed.
With a comparison between experimental results
and evaluation results using a simple evaluation
method, the hysteretic properties turned out to
generally have a lower load than the experimental
results. It was recognized that the evaluated result
was an evaluation on the safe side and dose not
exhibit problems in practice. However, it is also
necessary to consider the moment resistance of the
column and sashigamoi joint to improve the
accuracy of the evaluation.
The solution of structural model equations indicates
that it has a higher stiffness and a lower maximum

load than the experimental results. However, it was
shown that the testing and evaluation exhibited
good correspondence until the shear deformation
angle reached approximately 1/250 radians.
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ANISOTROPIC STRESS ANALYSIS OF NOTCHES AND HOLES IN
TIMBER STRUCTURES
Leonhardt Lieyanto1, Kay-Uwe Schober2
ABSTRACT: Notches, as currently widely implemented shear connector in composite construction, ensure the internal
state of equilibrium shear forces between compressive forces of concrete and tension forces of timber. The shear force
propagation in the contacting surface depends on geometrical shape of notches and their dimension. This paper deals
with the analytical formulation of linear orthotropic elasticity based on the LEKHNITSKII-ESHELBY-STROH’s complex
potential method. The geometric irregularities of notches induce high stress concentration in the vicinity of notches. It
reflects thereafter singularities and interfacial cracks. Furthermore, the contact problem of rigid stamp is derived using
FOURIER integral transform method. Its general solution contains CAUCHY’s kernel of the second kind that can be
solved with the aid of JACOBI polynomials. This paper gives a review that orthotropic elastic properties of materials
contribute an enormous influence on the contact stress distribution and stress singularities.
KEYWORDS: orthotropic elasticity, singularities in anisotropic composites, contact problem for orthotropic materials

1

INTRODUCTION12

Timber-concrete structures offer an economical solution
especially for large-span slab systems. Here, the
deflection and vibrations can be reduced by forming a
composite structure. The performance of those structures
is determined by the degree of shear distribution between
timber and concrete. A large number of different
connectors have been developed in the past years; one of
them is notches.

Figure 1: Timber-concrete composite with notches as shear
connector

Notches are mortised periodically in timber beams or
slabs and the concrete slab will be cast in accordance
with the designated notches form. Since both composite
materials possess different elastic properties, a slip in the
contact area will take place. Therefore, there are two
main problems to be discussed, i.e. the stress
concentration problem and its singularity and the sliding
frictional contact problems of orthotropic members.
1

2
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Germany, leonhardt.lieyanto@hs-mainz.de
Professor of Timber Engineering and Structural Design,
Institute of Innovative Structures (iS-mainz),
Mainz University of Applied Sciences, 55116 Mainz,
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The boundary value problem of linear orthotropic
elasticity is comprehensively discussed in accordance to
several
apparently
different
complex-variables
representations, such as from LEKHNITSKII, who derived
an excellent work based on the MUSKHELISHVILLI’s
formulation of linear isotropic elasticity. Obviously
independent on the Russian researches in theory of
elasticity, ESHELBY deduced from NAVIER-CAUCHY
equations a simpler formalism that solved the
characteristic roots with eigenvalue problem. STROH
extended this method in determining the dislocations and
singularities in anisotropic body. All of those
representations have same structure that allow one to
take advantages of all theories, where one may savour
the simplicity of algebraic derivation in STROH’s
representation and also the distinctiveness of
LEKHNITSKII’s explanation. The LEKHNITSKII-ESHELBYSTROH formulation is detailed in Chapter 2.
High local stress concentration due to geometric
discontinuities, such as notches, holes, cracks, sharp
corners and jumps in the cross-sectional area in an
arbitrary structure leads to failure of the structure.
According to the IRWIN’s theory of fracture mechanics,
there are three independent modes of singularities at a
crack tip in a homogeneous, isotropic body. Under
arbitrary loadings, each mode is assumed to be universal
for all cracked specimens, except for a normalizing
constant, or stress intensity factor, which depends on the
specific geometry and external loading [3]. The general
solution of the correlation between singularities-interface
and interfacial crack for bonded orthotropic materials is
given in Chapter 3.
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The frictional sliding contact problem between a rigid
stamp and an orthotropic elastic half-plane that subjected
to the external loads P and Q is given comprehensively
in Chapter 4. In the contact region, the magnitude of slip
is influenced by the shear traction and the discontinuous
flexural strain, so that the general frictional sliding
contact problem serves as mixed boundary value
problem. By employing the FOURIER integral
transformation method, it is possible to transform the
equations into a singular integral equation that contains
CAUCHY’s kernel of the second kind. A most common
used solution technique is based on the JACOBI
polynomial utilizing orthogonal polynomials with
unknown functions that corresponding with weight
functions. As a result, the contact stresses depends on the
coefficient of friction and the various elastic constants of
materials.

2 ANALYSIS WITH LINEAR
ORTHOTROPIC ELASTICITY

satisfies the SAINT-VENANT’s compatibility eq.s, the
force-equilibrium conditions and the generalised
HOOKE’s material law. The same method applied
LEKHNITSKII [2] for anisotropic members. The
anisotropic members indicate considerable differences in
elastic properties in comparison to the isotropic ones. In
order to formulate the anisotropic stresses and strains, it
is necessary to define the unknown elastic constants for
the defined directions. The stresses and strains converge
to good approximation by idealizing the members as an
elastic half-plane in two-dimensional coordinate system.
Therefore, the formulation of the boundary conditions
will be simplified. Based on NAVIER-CAUCHY’s
elasticity theory, ESHELBY derived independent on the
Russian works the general formulation for anisotropic
problems. ESHELBY’s method was further developed by
STROH in order to solve the dislocation and wave
[3]
summarized
propagation
problems.
SUO
predominantly these three methods as LEKHNITSKIIESHELBY- STROH representation.
of

sk = α k + i  k ;

complex
k = 1, 2

(3)

In state of plane stress with in-plane loading in
x, y  coordinate system, the eq. (3) reduces for
orthotropic medium, such as wood and concrete, to:
(4)
a11 s 4 +  2 a12 + a 66  s 2 + a 22 = 0
In plane strain problems convert the elastic constants as:
ai 3a j 3

aij* = aij 

a33

(5)

; i, j = 1, 2, 6

The particular property of the characteristic roots sk in
plane stress and plane strain problems has only positive
imaginary parts  Im s  0  . Referring to [3], the two
dimensionless elastic parameters can be described as
1
1

  2 a12 + a 66   a11 a 22  2
2

(6)

where the definition of elastic constants aii correlates
with the MOE, the shear modulus and POISSON’s ratio.

The complex potential method in the theory of elasticity
for isotropic materials was introduced first by KOLOSSOV
and extended afterwards comprehensively by
MUSKHELISHVILLI [1]. To reduce the elaborate
mathematical solution of boundary value problems, two
analytical potential functions ϕ  z  and   z  in an
auxiliary complex plane z = x + iy will be defined. As a
general solution of boundary value problems, a fourthorder elliptic differential equation
(1)
U ( x, y ) = 0

pairs

zk = x + sk y ;

a11 s 4  2 a16 s 3 +  2 a12 + a 66  s 2  2 a 26 s + a 22 = 0

1
 = a11  a 22
; r =

2.1 LEKHNITSKII-ESHELBY-STROH
FORMULATION

Introducing two
characteristic roots

in their associated auxiliary domains
k = 1, 2 , the eq. (1) can be solved as

conjugate
(2)

a11 = E11 ; a 22 = E 21 ; a 66 = G121 ; a12 = ν 12 E11 (7)

Applying eq. (6) in eq. (4), the biquadratic solution of
orthotropic medium are given to
(8)

 s 4 + 2 r 0,5 s 2 + 1 = 0

and the general expressions of the roots with positive
imaginary parts as [3]:
1 r  ∞

 s1 = i



1
4

1

4

 n + m;

 in + m  ;

 1  r  +1

 s1 = 

r =1

 s1 = s2 = i



s2 = i
s2 = 



1
4

1

4

n  m

 in  m 

(9)

1
4

with
1

1

2
1
⎧1
2
n = ⎨ 1 + r   and m = 1  r 
2
2
⎩


(10)

The elastic parameters  and r indicate the degree of
anisotropy of a medium, i.e.  = 1  a11 = a22 means
that the medium has transversely cubic symmetry and
 = r = 1 describes an isotropic medium. The normal
and tangential stresses in auxiliary complex plane
z k = x + s k y ; k = 1, 2 can be solved dependent on two
holomorphic functions ϕ k  z k  ; k = 1, 2 as

 11 = 2 Re {s12ϕ1'  z1  + s22ϕ 2'  z2 }

 22 = 2 Re {ϕ1'  z1  + ϕ 2'  z2 }

(11)

 12 =  21 = 2 Re {s1ϕ1'  z1  + s2ϕ 2'  z2 }

and the displacements u  z  and v  z  as
⎡u  z  ⎤
⎡ p1
⎢
⎥ = 2 Re ⎢
⎣ q1
⎣v  z ⎦

p2 ⎤ ⎧ ϕ1  z1  
⎨

q2 ⎥⎦ ⎩ϕ 2  z2  

(12)

whereas pk and qk for k = 1, 2 show the relation between
the elastic constants and the characteristic roots sk in
complex domains z1 and z1.
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Rearranging eq. (11) and (12) in matrices form, the
formulation of stresses and displacements [3], [4] are
⎧



2

 1i = 2 Re ⎨  Lij s jϕ 'j  z j  
⎩ j =1

⎧





2

 2i = 2 Re ⎨  Lijϕ 'j  z j  
⎩ j =1

(13)



 s2 ⎤
1 ⎥⎦
a11 s22 + a12 ⎤
⎥
a12 s22 + a22 ⎥
⎥⎦
s2

(14)

consist the involving elastic constants of one material of
orthotropic members. A new definition B is introduced,
that correlates the matrices Lij and Aij , which are nonsingular [5] and B possesses positive skew Hermitian
symmetry.
(15)
B = iAij Lij1
Multiplied by i 2 = 1 extracts B to
1
4

⎡
⎛
⎞⎤
i ⎜  a11a22  + a12 ⎟ ⎥
⎢ 2n  a11a22 
⎝
⎠⎥
(16)
B=⎢
1
1
1 ⎥
⎢ ⎛

⎞
⎢ i ⎜  a11a22  2 + a12 ⎟ 2n 4  a11a22  2 ⎥
⎠
⎣ ⎝
⎦
1
2

1
2

In order to deduce the generalized DUNDURS parameters
from matrix B for any composite structure, consider an
arbitrary semi-infinite composite of two anisotropic
members that bonded together, with member 1 is above
member 2, new relations H and G that involve material
elastic constants of both layers (composite matrices) can
be expressed as:
H = B1 + B2
G = B2 + B1

(17)

which the matrices H and G behave similarly as B, i.e.
non-singular and positive Hermitian.
2.2 GENERALIZED DUNDURS PARAMETER
FOR ORTHOTROPIC MEMBERS
For composite structures of two orthotropic members,
the formulation of non-singular, positive definite
Hermitian matrices H and G in eq. (17) expands to
⎡
H 11
H =⎢
1
⎢
⎢⎣i   H 11 H 22  2

1
1
1 ⎞
1 ⎞


⎛
⎛
H 22 = ⎜ 2n 4  a11a22  2 ⎟ + ⎜ 2n 4  a11a22  2 ⎟
⎝
⎠1 ⎝
⎠2

1
1
⎛
⎞ ⎛
⎞
⎜  a11a 22  2 + a12 ⎟  ⎜  a11a 22  2 + a12 ⎟
⎠2 ⎝
⎠1
=⎝
1
 H 11 H 22  2

with the matrices

⎡ a11 s12 + a12
⎢
Aij = ⎢ a12 s12 + a22
⎢⎣
s1

1
1
1 ⎞
1 ⎞
⎛
⎛
H11 = ⎜ 2n 4  a11a22  2 ⎟ + ⎜ 2n 4  a11a22  2 ⎟
⎝
⎠1 ⎝
⎠2

(19)

The subscript indicates the corresponding member.
Factor  is a generalized second DUNDURS parameter.

⎧ 2

ui = 2 Re ⎨  Aijϕ j  z j  
⎩ j =1


⎡s
Lij = ⎢ 1
⎣ 1

where

1
⎤
i   H 11 H 22  2 ⎥
⎥
H 22
⎥⎦

(18)

(20)

Similarly, the matrix G yields [4] to
⎡
α1
⎢
G = H 11 ⎢
1
⎢  i   H H 1  2
22 11
⎣

1
⎤
i   H 22 H 111  2 ⎥
⎥
⎥
α2
⎦

(21)

where two generalized DUNDURS parameters α1 and α 2
for the orthotropic material are defined as
1
1
1 ⎞
1 ⎞
⎛
⎛
4
4
⎜ 2n  a11a12  2 ⎟  ⎜ 2n  a11a12  2 ⎟
⎠2 ⎝
⎠1
α1 = ⎝
H 11
1
1
1 ⎞
1 ⎞


⎛
⎛
4
4
⎜ 2n  a11a12  2 ⎟  ⎜ 2n  a11a12  2 ⎟
⎠2 ⎝
⎠1
α2 = ⎝
H 11

(22)

Referring eq. (17) that matrix H can appear in other
solutions, the displacements and stresses can be given
identically as
u  z  = Aϕ  z  + Aϕ  z 

 1i  z  =  Li sϕ '  z   Li sϕ '  z 

(23)

 2i = Liϕ '  z  + Li ϕ '  z 
The application of these solutions will be described in
the next chapter regarding singularity. It should be stated
here, that eq. (20) is valid for orthotropic problems. For
isotropic cases, the first and the second DUNDURS
parameters are defined in [6].

3 SINGULARITIES IN AN
ANISOTROPIC COMPOSITE
In this chapter, the interaction problem will be discussed.
An anisotropic composite in a two-dimensional plane is
considered to consists of two members, where member 1
(y > 0) lies upon member 2 (y < 0). At the interface
between the members (y = 0), the x,y-coordinates axes
are defined.
It will be assumed, that the singularity f0(z) takes place in
member 2. The objective of the investigation is to give a
distinct explanation about that singularity effect to the
whole composite system.
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4.2 NOTCHES AS SHEAR CONNECTORS IN
TIMBER-CONCRETE COMPOSITES

Thus, the boundary conditions are described as
⎧⎪ f 1  z 
f z = ⎨ 2
⎪⎩ f  z  + f 0  z 

z 1

(24)

z2

According to eq. (17) the forces across the interface can
be expressed as

L1 f 1  x  + L1 f 1  x  = L2  f 2  x  + f 0  x   +



L2 f 2  x  + f 0  x 



(25)

and separated into two symmetrical parts by applying
standard analytic continuation arguments:
L1 f

1

L2 f

2

 x   L2 f  x   L2 f 0  x  =
 x   L1 f 1  x   L2 f 0  x 
2

(26)

This implies for the
upper half plane L1 f 1  x   L2 f 2  x   L2 f 0  x  = 0
lower half plane L2 f 2  x   L1 f 1  x   L2 f 0  x  = 0

(27)

Analogical the displacement u  z  are given to
upper half plane A1 f 1  x   A2 f 2  x   A2 f 0  x  = 0
lower half plane A2 f 2  x   A1 f 1  x   A2 f 0  x  = 0

(28)

The solution for f 1  z  and f 2  z  become


B


B L

upper half plane f 1  z  = L11 H 1 B 2 + B2 L2 f 0  z 
lower half plane

f 2  z  = L21 H

1

2

1

2

f0  z 

(29)

By substituting eq. (29) in eq. (24), the boundary
conditions f(z) for the upper and lower half plane are
identified. This general derivation will be mainly used to
investigate the interaction between singularities and
interfacial cracks.

4 CONTACT PROBLEMS
4.1 INTRODUCTION
Contact problems consider predominantly the resulting
stress and strain distribution at interfaces between
similar or dissimilar composites. Especially for
dissimilar composite materials, whereas two elastic
members with different elastic properties bonded
together, it will exhibit a relative displacement in contact
region in the tangential direction under arbitrary loading
conditions. The developed irregular and non-linear
transverse expansion of each member in contact region
generates consequently friction, e.g. in the presence of
notches or grooves. In the vicinity of these critical
geometrical irregularities, high stress concentrations take
place. Therefore, one has to pay strict attention in
designing and estimating all relevant factors in order to
ensure the entire service life of the composite structure.
In the other hand, when both members possess (nearly)
same elastic properties, the relative displacement does
not occur, since the members displace in the same
manner and direction.

According to the best of the author’s knowledge, there
are only a few publications about the analytical
investigation of notches as shear connector in timberconcrete composite structure. The main difficulty leads
back in determining the large number of independent
elastic constants of timber and concrete as orthotropic
materials in a composition of dissimilar composites as
well as the correlation between the elastic constants of
timber and concrete in contacting surface.
In order to identify the mechanical properties of
materials, especially for timber as an organic material
that structurally possesses intense anisotropy and
heterogeneity, it is necessary not only to investigate it at
macroscopic level, but also at the microscopic level. The
microstructure of wood deals with the general details of
the anatomical structure of wood, i.e. the arrangement
and geometrical shape of built-up cells (mostly modeled
as rectangular or hexagonal-similar parallel to the grain
hollow cylinders), the existence of medullar rays and the
number of annual growth rings. These natural properties
determine, among other possible related factors,
predominantly the anisotropic character of the elasticity
of wood.
Furthermore, the in-plane displacement (slip) at the
contacting surface occurs, and thus weakens the
efficiency of the composite cross section. Besides that,
one has to deal with geometrical non-homogeneity of the
composite structure that may induce dislocation of
flexural strain at the contacting surface. Hence, the
contact problem of dissimilar composites is a mixed
boundary value problem, since the magnitude of slip
depends on the shear traction of composite structure and
the discontinuous flexural strain appears at the
interconnection surface.
GUTKOWSKI conducted in [7] sixty slip tests of timberconcrete composite specimens in order to investigate the
effect of the trapezoidal size of notch on the bearing
capacity behavior. Three different sizes of notches with a
constant gradient angle α = 15° were applied. The upper
concrete layer was casted on the notched woodened
member following its contour in designated formwork
and consolidated with a hand-operated concrete vibrator.
The universal testing machine Instron loads the
specimens with single shear a rate of 13 mm/min. In
order to measure the interlayer slip, resistive wire
strain/potentiometer were installed to both the timber
and the concrete sides of the aluminum frame.
As result, all specimens show similar load-slip behaviors
to those observed by THOMPSON (1997). At preliminary
stage of low loads, they exhibit irregularities. At the next
stage when the loads increase, the specimens show a
linear load-slip relation until initial failure with a dropoff in load occurring either suddenly or gradually. The
connector resists the shear stress with the reserve
resistance on the interconnection surface [7].
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GUTKOWSKI listed a thorough failure description of the
conducted load-slip tests:
Type I

Shear failure of timber in longitudinal
direction of the specimen, where timber
displaced from the bottom surface of the notch
to the end of the specimen,
Type II Shear failure of concrete in perpendicular
direction to the top of the notch,
Type III Tension failure of concrete in the vicinity of
the notch in a direction perpendicular to the
longitudinal axis of the specimen,
Type IV A triangular piece of concrete broke away at
the end of the specimen,
Type V A piece of concrete pulled away from the
notch,
Type VI Tension failure of timber in a direction
perpendicular to the plane.

Based on the aforementioned most commonly occurred
failures in timber-concrete composite, it is evident to
emphasize, that the crack initiation and propagation
appear in areas of high stress concentrations that are
mainly affected through geometrical and physical
irregularities, such as notches or holes or contact regions
of dissimilar composites.

For flat surfaces, the formulation of rigid stamps on flat
surface will be derived, as well as for the notches
according to its geometrical shape.

Figure 2: State of equilibrium forces and contact regions

The Cartesian coordinate system (x1, x2) conforms to the
principle axis of orthotropy. The COULOMB’s friction
law (32) prevails, so that it defines following relation in
terms of (x1, x2) -coordinate system
(33)
 xy =  12 = µ   22
where the normal and tangential forces are  22 =  P ,
 12 = Q and thus Q =  µ  P .

4.3 GENERAL FORMULATION FOR
ORTHOTROPIC MATERIALS
4.3.1 Introduction
In principle, the contact between two bonded arbitrary
members can be either a frictional or a non-frictional
contact. The first case will develop when there is an
acting friction force. Dependent on the magnitude of the
friction force, one can distinguish the frictional case into
slip case and stick case as well as slip and stick case.
Stick takes place when the shear traction between the
bonded members is smaller than the normal traction
(30)
 xy  µ   yy
and when
 xy  µ   yy

(31)

the shear traction induces relative displacement. It will
be assumed, that the relative movement at contacting
surface is extensive small to be neglected. Therefore, in
the absence of dynamic effects, the friction force must
obey the COULOMB’s friction law
(32)
 xy = µ   yy
where µ defines the coefficient of friction.
4.3.2 Mathematical formulation
Consider a given half-plane consists of concrete as upper
half-plane and notched timber as lower half-plane. The
investigation of the contact problem will be classified
into two regions in terms of the geometrical contact
surfaces, i.e. at the flat surface and in notches. Since the
concrete is stiffer than timber, one may idealize the
contact problem for both regions as sliding frictional
contact of rigid stamps.

Figure 3: State of equilibrium of plane stress problem for
orthotropic material [9]

It is convenient to normalize four independent elastic
constants of orthotropic materials as parameters [11]:

 Effective stiffness E = E11  E22
 Effective POISSON’s ratio v = v12  v21
 Stiffness ratio  4 = E11 E 22 = v12 v21 , and
⎛ 1
v
v ⎞
 12  21 ⎟
⎜
G
E
E
11
22 ⎠
⎝ 12
With those parameters, the generalized HOOKE’s law for
plane stress problems is given to

 Shear parameter k =

⎡ 2
⎡ ε 11 ⎤
1
⎢ε ⎥ =  ⎢  v
⎢ 22 ⎥ E ⎢
⎢ 0
⎣⎢ 12 ⎦⎥
⎣

1
E11 E22
2

v



2

0

⎤ ⎡  11 ⎤
⎥ ⎢ ⎥
⎥  ⎢ 22 ⎥
⎥
2 κ + v  ⎦ ⎣⎢  12 ⎦⎥
0
0

(34)
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For plane strain problem, the normalized four parameters
are defined as



E=



v=

k=



 xx  x, y  =

E
1  v2

⎧∂

∂
⎨ u  x, y  + v υ  x, y  
x
y
∂
∂
⎩


 v12 + v13 v32  v21 + v23v31 
1  v13v31 1  v23 v32 

 yy  x, y  =

E
1  v2

⎧ ∂

∂
⎨ v u  x, y  + υ  x, y  
x
y
∂
∂
⎩


E11 1  v23 v32
, and

E22 1  v13 v31

 xy  x, y  =

⎧∂

∂
E
⎨ u  x, y  + υ  x, y  
2  κ + v  ⎩ ∂y
∂x


E11 E22
1  v13 v31 1  v23 v32 

 4 =

Then, the generalized HOOKE’s law in (x, y)- coordinate
system appears as

1
2

or with NAVIER’s equilibrium equations as following
compatibility conditions: [9]

E11 E 22

1  v13 v31 1  v23 v32 

⎛ 1
v + v13 v32 v21 + v23 v31 ⎞
 12

⎜
⎟
E11
E 22
⎝ G12
⎠

With those parameters, the generalized HOOKE’s law for
plane strain problems is given to
⎡ 1 1  v v   1  v + v v 
⎢ E
E
⎡ ε 11 ⎤ ⎢
⎢ε ⎥ = ⎢  1  v + v v  1 1  v v 
⎢ 22 ⎥ ⎢ E
E
⎣⎢ 12 ⎥⎦ ⎢
⎢
0
0
⎢
⎣
13

31

12

11

13

32

0

11

21

22

23

32

23

(36)

32

0

22

1
G12

⎤
⎥
⎥ ⎡  11 ⎤
⎥ ⎢ ⎥
⎥  ⎢ 22 ⎥
⎥ ⎢⎣  12 ⎥⎦
⎥
⎥
⎦

(35)

The aim to normalize the four elastic constants is to
diminish the dimension of elasticity equations in
considering fewer relevant elastic constants. It is
apparently proven in [11] that the determination of stress
boundary value problem with zero resulting forces on
internal contours does not depend on the effective
stiffness and the effective POISSON’s ratio. Therefore,
this reduction enables to formulate a simpler
mathematical solution in 2x2-matrix form, which shows
a similarity of the determination of isotropic elastic
equations that possesses two unknown elastic constants.
Consequently, the mathematical formulation of
orthotropic elasticity equations reveals thereby similar
procedures as of isotropic ones in determining two
unknown elastic constants.
Moreover, the orthotropic elasticity equations may be
expressed in such a way, that one normalizes the defined
orthotropic coordinate system (x1, x2) into a global
coordinate system (x, y) by using the stiffness ratio  as a
scaling factor in the following transformation [11]:

 Coordinate system x = x1  ; y = x 2 
 Displacements u = u1  ; υ = u 2 
 Stresses  xx =  11  ;  yy =  22 ;  xy =  12 , and
 Strains ε xx = ε 11 ; ε yy = ε 22  ; ε xy = ε 12

⎡ 2 κ + v  ⎤ ∂ 2 u ∂ 2 u ⎡
κ + v  ⎤ ∂ 2υ
v

+
+
+
=0
1
2
⎢
⎥
⎢
⎥
2
2
1  v 2 ⎦ ∂x ∂y
∂y 2 ⎣
⎣ 1  v ⎦ ∂x
κ + v  ⎤ ∂ 2 u
∂ 2υ ⎡ 2 κ + v  ⎤ ∂ 2υ ⎡
v
1
2
+

+
+
=0
⎢
⎥
⎢
⎥
1  v 2 ⎦ ∂x∂ y
∂ x 2 ⎣ 1  v 2 ⎦ ∂y 2 ⎣

(37)

The compatibility conditions can be solved by means of
the FOURIER integral transform method:
1 ∞
u  x, y  =
F α , y  eiα x d α
2π ∞
(38)
1 ∞
iα x
υ  x, y  =
G α , y  e d α
2π ∞
The inverse transformation gives
∞

F α , y  =  u  x, y  e  iα x dx
∞
∞

G α , y  =  υ  x, y  e

 iα x

∞

dx

(39)

and after substituting eq. (38) in the compatibility
eq. (37), the solutions of eq. (39) is given to:
4

F  α , y  =  C j α  e

njy

j =1
4

G  α , y  =  D j α  e

(40)
nj y

j =1

where n j α  ; j = 1, 2, 3, 4 must satisfy
n 4  2κα 2 n 2 + α 4 = 0

(41)

In order to release relative displacement / slip, strain
energy at the contacting surface must be positive. This
can be achieved when following terms are satisfied.
(42)
  0;  1  κ  ∞
According to [12], representative woods and composites
possess following scopes of 0,05    20 and 0  κ  5 .
The characteristic roots of eq. (41) are:
(1) κ  1  two pairs of complex conjugate roots
n1 = α r1 ; n2 = α r2 ; n3 =  n1 ; n4 = n2
r1 = κ + i 1  κ 2 ; r2 = κ  i 1  κ 2 = r1
(2) κ = 1  two real double roots
n1 = n 2 = α

n3 = n4 =  α

(3) κ  1  four distinct real roots
n1 = α r1 ; n2 = α r2 ; n3 = n1 ; n4 = n2
r1 = κ  κ 2  1; r2 = κ + κ 2  1
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Assuming that α = 1 , the number of eight unknown
variables C j and D j ; j = 1, 2, 3, 4  can be reduced to

with

four unknown variables C1 , C 2 and D1 , D 2 , since the
characteristic roots n1 and n2 are always positive as the

r6 = v  r4 r22

following regularity conditions x12 + x22  ∞ are met.
Then, the expression of eq. (40) becomes to
F α , y  = C1 α  en1 y + C2 α  e n2 y
G α , y  = b1 α  C1 α  e n1 y + b2 α  C2 α  e n2 y

r7 = r1 1 + r3 

r8 = r2 1 + r4 
0 = r5r8  r6 r7

(43)

with
D j α  = b j α   C j α 

4.3.3 Gradient of surface displacement
Figure 4 shows the acting rigid stamp on an orthotropic
material evokes a contacting region of [ a , a ] , whereas
within this region the contact stresses and displacement
components are not zero, and outside the contact region
]a , a [ , the stress and strain components vanish.

α
b1 α  = i r3 r1
α
b2 α  = i

r5 = v  r3r12

α
rr
α 42

(44)

r3 =

v 2 + 2vκ + 1
2 κ + v  r12 + v 2  1

r4 =

v 2 + 2vκ + 1
2 κ + v  r22 + v 2  1

In order to determine the unknown variables C1 α  and
C 2 α  , it is necessary to define - as a starting point - the

boundary conditions on the contact surface:

 yy  x, y = 0  =   x 

(45)

 xy  x, y = 0  =   x 

The substitution of the displacements of eq. (38) in
eq. (36) corresponding to the boundary conditions of
eq. (45) implies
∂G α , y   iα x
⎧
 yy  x, y  =
 ⎨v  iα  F α , y  + ∂y  e dα
E
2π ∞ ⎩
(46)
2 κ + v 
1 ∞ ⎧ ∂F α , y 
 iα x
 xy  x, y  =
 ⎨ ∂y +  iα  G α , y   e dα
2π ∞ ⎩
E

1 v

2

1

∞

For an infinitesimal consideration dt on the surface, the
normal traction and the tangential traction in terms of
FOURIER’s transformation are given as
∞

P α  =    t  e  iα t dt

(47)

∞
∞

Q α  =    t  e  iα t dt
∞

Inversing eq. (46) and thereafter setting the limit as
y  0 gives
v  iα  F α , y  +

∂G α , y  1  v 2
P α 
=
E
∂y

2 κ + v 
∂F α , y 
Q α 
+  iα  G α , y  =
E
∂y

(48)

and the substitution of eq. (43) into eq. (48) gives the
unknown variables C1 α  and C 2 α 
⎡ C1 (α ) ⎤
1
⎢C (α ) ⎥ = iα α  E
⎣ 2
⎦
0

⎡ r8  r6 ⎤ ⎡ α 1  v  ⎤ ⎧ P (α ) 
⎥⎨
 (49)
⎢ r r ⎥  ⎢
⎣ 7 5 ⎦ ⎣⎢ 2iα κ + v  ⎦⎥ ⎩Q (α ) 
2

Figure 4: The acting rigid stamp on an orth. material [9]

Hence, the frictional contact problem, independent on
the shape geometries of indenter, is a mixed boundary
value problem that takes strain and stress simultaneously
into consideration. Therefore, in this chapter, relations
that couple the influence of strain and stress in a
formulation will be derived.
It is obvious from the given eq. (38) that strain behaves
ever linearly to stress. The derivation gives the following
equations (complete derivation [8], [9])
1 ∞
∂
iα F α , y  eiα x d α
lim u  x , y  = lim
y  0 ∂x
y  0 2π ∞
(50)
∂
1 ∞
iα x
i
G
y
e
d
α
α
α
lim υ  x , y  = lim
,


y  0 ∂x
y  0 2π ∞
∞
∂
lim 2π υ  x, y  = lim  K11  x, y , t   yy  t ,0  dt +
y 0
y  0 ∞
∂x
∞

lim  K12  x, y , t  xy  t ,0  dt
y  0 ∞

∞
∂
lim 2π u  x, y  = lim  K 21  x, y , t  xy  t , 0  dt +
∞

y 0
y
0
∂x

(51)

∞

lim  K 22  x, y , t   yy  t ,0  dt
y  0 ∞

Then, the general coupled-integrals of the mixed
boundary value problem for frictional contact problem
can be written as
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1 xy  x,0  +

1

a


π
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 yy  t , 0 
tx
for 

2 yy  x, 0  +

 xy  t , 0 

a

1


π
a

dt = 1 E

tx
for 

a



x+

dt = 2 E
a



∂
υ  x, 0 
∂x

a



∂
u  x, 0 
∂x

x+

(52)

a

(53)



It is convenient to use a normalized contact region
[  1,1] instead of [ a , a ] in solving the singular integral
equation with CAUCHY’s kernel. The transformation
variables are:

with

1 =

0
1  v   r2 r4 r7  r1r3r8 

2 =

0
2 κ + v   r5  r6 

1 =

2

1  v   r r r  r r r 
1  v   r  r 
=
2 4 7

2

2

b+a
ba
= ar
r+
2
2
b+a
ba
= as
t=
s+
2
2
p  x =  r
x=

2 κ + v   r1r3 r6  r2 r4 r5 
2

8

1 3 8

7

P =  0 2a; p  x1  = 2 0  r  for  1  r, s  +1

2 κ + v   r5  r6 

The transformation in orthotropic coordinate system
implies
1  x1  +


π



a

a

  t1 
t1  x1

dt1 = 1 E

1

π

a

  t1 

a

t1  x1



dt1 = 2 E

∂
u1  x1 , 0 
∂x1

(54)

The boundary conditions in contact region [ a , a ] can
be written as

 12  x1 , y = 0  =   x1  =  µ p  x1 
p  t1 
∂
 a t1  x1 dt1 = 1 E ∂x1 u2  x1 , 0 

A = 1µ ; B =  ;

(55)

p  t1  dt1 = P

(61)

∂
u2  x1 , 0  = 0
∂x1

(63)
⎧ 1 1  s
ds, 1  r  1
⎪ 1
  r  +   r  = ⎨π i
sr
⎪ 2  r  , r  1, r  1
⎩

(56)

(57)



eq. (61) can be reduced to the following RIEMANNHILBERT Problem for the sectional holomorphic function
 z:
 + r  = G  r  + g r 

where the equilibrium of forces is fulfilled, when the
acting normal load P is distributed consistently on the
contact area.
a

ds = 0

⎧  r  , 1  r  1
+ r    r = ⎨
⎩ 0, r  1, r  1

for  a  x1  a

a

sr

1 1  s
ds
(62)
2π i 1 s  z
and applying the PLEMELJ’s rule of singular integration

+

for  a  x1  a



 s

 z =

a

∂
µ a p  t1 
dt1 = 2 E
u1  x1 ,0 
2 p  x1   

a
t1  x1
∂x1
π

1

1

π

with

where p  x1  is the contact pressure. Thus, it reflects


1µ p  x1  
π

B

Denoting

for  a  x1  a

 22  x1 , y = 0  =   x1  =  p  x1 

Using these transformation variables, one can simplify
eq. (56) as:

A   r  +

∂
u2  x1 , 0 
∂x1

for  a  x1  a

2  x1  +

the equilibrium force of eq. (58). Otherwise, it is
necessary to define consistency conditions to tackle the
disequilibrium.
Figure 4 gives a boundary condition of displacement due
to the flat stamp profile as:
(59)
u 2  x1 , 0  =  u 20
and its derivation implicates:
∂
(60)
u2  x1 ,0  = 0
∂x1

(58)

4.3.4 Integral solution for of rigid stamp
The coupled-integral equations (56) and (57) contain
CAUCHY’s kernel, where the contact pressure p  t  is
unknown. The contact pressure itself depends on punch
profile that generates during the contact process on
contact region [ a , a ] . The distributed unknown contact
pressure p  t  in the defined contact region must satisfy

(64)

with
A+i
Ai
F r
g r =
Ai
The general solution of eq. (61) then implies
G=

α

X  z  =  z  1

(65)



 z + 1
α

w  r  = 1  r  1 + r 

(66)

WCTE 2016 e-book | 2668

with

The normal and tangential contact stress in orthotropic
coordinate system (x1, x2) is given to

1
α=
ln G + N
2π i
1
 =
ln G + M
2π i

(67)

The powers of stress singularity α and  are the
functions of A = 1µ. They depend on the magnitude of
friction coefficient µ, the effective of Poisson’s ratio and
the shear parameter κ. The parameters N, M are real
value (negative, zero, or positive), and they depend on
the physical aspects of the problem. For case



 1;  = 
π
π
A = 1µ = 0  α = 0,5;  = 0,5


A = 1µ  0  α =  ;  =  1
π
π
A = 1µ  0  α =

(68)

 22  x1 , y = 0  = 2 0

α

sin πα ⎛ x1 ⎞ ⎛ x1 ⎞
1
1+
π ⎜⎝ a ⎟⎠ ⎜⎝ a ⎟⎠

 12  x1 , y = 0  = 2 µ 0



α

sin πα ⎛ x1 ⎞ ⎛ x1 ⎞
1
1+
π ⎜⎝ a ⎟⎠ ⎜⎝ a ⎟⎠



(74)

for  a  x1  a

4.3.5 Solution of integral equations
The boundary value problems for parabolic stamp can be
solved analogously as those for the rigid stamp. In order
to consider the parabolic shape as a unity, it is necessary
to transform all geometrical and physical magnitudes
with respect to radius R.

with

 = tan 1


A

; 0 

π
2

Since the singular integral equations with CAUCHY’s
kernel do not have closed solutions, it is generally solved
either through function theoretical technique or through
numerical methods. A most common employed
theoretical technique is based on the JACOBI polynomial
using orthogonal polynomials with unknown functions
that associated with weight functions w(s). With the aid
of this technique, it is possible to simplify the singular
integral equation to an infinite system of linear algebraic
equations [8]. The solution of eq. (61) can be expressed
as
(69)
 s  = G s  w s 
where w(s) is a weight function of JACOBI polynomial
and G(s) is bounded continuous function of infinite
system. The expansion gives
∞

  s  =  cn Pnα ,    s   w  s 

(70)

n =0

where cn are unknown parameters and Pnα ,    s  are
JACOBI polynomials that correspond with the weight
functions w(s). The only one unknown parameter of cn is
c0 as
c0 = 

sin πα

π
Eq. (70) can be written then as
sin πα
α

 s = 
1  s  1 + s  ;  1  s  1
π
The distribution of pressure appears as
α

sin πα ⎛
x1 ⎞ ⎛
x1 ⎞
⎜1  ⎟ ⎜1 + ⎟
a⎠ ⎝
a⎠
π ⎝
for  a  x1  a

p  x1  = 2 0

Figure 5: The acting parabolic stamp on an orthotropic
material [9]

The boundary condition of displacement are given by the
parabolic stamp as
x2
u2  x1 ,0 = u20 + 1
(75)
2R
Its derivation with respect to x1 gives
∂u2  x1 ,0 
∂x1

=

x1
R

The boundary conditions in contact region are
 22  x1 , y = 0  =   x1  =  p  x1  ; a  x1  a

 12  x1 , y = 0  =   x1  = µ p  x1  ; a  x1  a

(71)

The transformation variables become
(72)



(73)

(76)

bˆ + aˆ
bˆ  aˆ
r+
2
2
ˆb + aˆ
ˆb  aˆ
t̂ =
s+
2
2
p  x  = ˆp  ˆx 
x̂ =

where
ˆx =

x ˆ t
a
b
;t = ;aˆ = ;bˆ =
R
R
R
R

(77)
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Thus, it depicts:

1µ ˆp  ˆx1  
π

p̂  ˆt1 
 â ˆt1  ˆx1 dtˆ1 = 1Exˆ 1
â

(78)

P
 p̂ ˆt  dtˆ = R
â

1

 â

where
p̂  ˆt1  =

1E
2

(79)

1

  s

(80)

The integral equation (78) becomes to
B 1   s
A  r  + 
ds = bˆ + aˆ r + bˆ  aˆ
π 1 s  r



4

1

 

P

   s ds = bˆ + aˆ  ER
1



(81)
(82)

1

The parabolic stamp produces smooth contacts at region
contacts x = -a and x = a. Consequently, the power of
stress singularities α and  have to be positive.


A = 1µ  0  α = ;  = 1 
π
π
A = 1µ = 0  α = 0,5 ;  = 0,5


A = 1µ  0  α = 1  ;  =
π
π
The unknown parameter is
sinπα
c0 = bˆ + aˆ
(83)

Thus, the solution of problem yields to
sinπα
α

  s  = bˆ + aˆ
(84)
1  s  1 + s 

The distribution of pressure of eq. (80) may appear as
sin πα
E
α

ˆp  ˆt1  = 1 bˆ + aˆ
(85)
1  s  1 + s 
2

The normal contact stress can be obtained from the
boundary conditions of equation (77) as
a
sin πα ˆ

 22  ˆx1 ,y = 0 =  ˆp  ˆx1  = 1E
b  ˆx1  ˆx1 + aˆ 
(86)

as well as the tangential contact stresses
a
sinπα ˆ

12  ˆx1 ,y = 0 = µ1E
b  ˆx1  ˆx1 + aˆ  (87)






















5 CONCLUSIONS
A general formulation of linear orthotropic elasticity
based on LEKHNITSKII-ESHELBY-STROH formulation is
briefly presented. The orthotropic members show
considerable differences in elastic properties compared
to the isotropic members. The boundary value problems
can be solved as a function of two holomorphic
functions ϕ1 (zk) and ϕ2 (zk) in an auxiliary complex
plane (zk). This method can also be applied for composite
structure consists of n layers of dissimilar materials. The
interaction amongst different elastic properties is
considered as DUNDURS parameter.
The interaction problem evokes singularities embedded
in composite structures. The general solution developed
above will be used to investigate the correlation between
singularities and interfacial cracks. Furthermore, a
general formulation of frictional sliding contact indented

by a rigid flat and parabolic stamp for orthotropic
material is derived by applying the FOURIER integral
transform method. The contact problem is then reduced
to a CAUCHY-type singular integral equation of the
second kind that can be solved using JACOBI
polynomials.
The determined normal and tangential stresses depend
on the power of stress singularity α and  and the
coefficient of friction. It is necessary to point out in
terms of elastic constants of orthotropic material, that the
effective POISSON’s ratio and the shear parameter κ have
a great effect on determining the weight functions w(s)
which define the asymptotic behavior of the contact
stresses.
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MODELLING THE BOND SLIP BEHAVIOUR OF FRP EXTERNALLY
BONDED TO TIMBER
Abbas Vahedian1, Rijun Shrestha2, Keith Crews3

ABSTRACT: Recent studies and applications have demonstrated that Fibre Reinforced Polymer (FRP) has become a
mainstream technology for the strengthening and / or rehabilitation of ageing and deteriorated structures. However, one
of the main problems which limit the full utilisation of the FRP material strength is the premature failure due to
debonding. This research study presents 1) a review of available FRP-to-timber and FRP-to-concrete bonded interface
models, and 2) investigates factors affecting bond strength. A stepwise regression method has then been employed to
evaluate the influence of potential factors on the bond strength. The proposed stepwise regression model is based on
195 experimental results of FRP-to-timber bonded interfaces. Results of this stepwise regression analysis are then
assessed with results of pull-out tests and satisfactory comparisons are achieved between measured failure loads
(R2=0.59) and the predicted loads (R2=0.71, P<0.0001).
KEYWORDS: FRP, Bond-slip, Pull-out test, Debonding, Stepwise regression analysis

1

INTRODUCTION 123

A large number of bridges, highways and other civil
infrastructure were built around the world during the last
century. Many of these structures have reached the end
of their design service life. Moreover, ageing,
environmental action and increased service loads, have
caused many structures to gradually deteriorate and
resulting in significant reduction in load capacity and
subsequent safety. Consequently, either entire structures
or key components require strengthening, rehabilitation
or replacement [1]. Disadvantages associated with
traditional rehabilitation or retrofitting methods have led
to development of new techniques using new composite
materials such as advanced fibre reinforced polymers
(FRPs) [1, 2]. External bonding of FRP composites has
emerged as an innovative and widespread method for
strengthening and retrofitting of infrastructure over the
last three decades [3-5]. Although FRPs have a number
of advantageous properties such as high Young’s
modulus, high fatigue performance, high stiffness and
strength to weight ratios, superior resistance to corrosion
1
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and low weight [4-6], they still have some important
limitations.
One of the most common problems associated with the
use the externally bonded FRP sheets is the premature
failure due to debonding which limits the full utilisation
of the material strength of the FRP [7]. Debonding can
be defined as the single most important failure
mechanism of retrofitted beams [8, 9] that occurs at
much lower FRP strains than its ultimate strain [10].
Debonding directly impacts the total integrity of
structure, with the subsequent outcome that the ultimate
capacity and desirable ductility of the structure may not
achieved.
The bond mechanism between concrete or timber and
FRP is complex and is affected by a number of variables.
Failure of a fibre reinforced polymer timber/concrete
beam can take place in several ways, including but not
limited to substrate failure (timber or concrete
separation), FRP delamination, FRP/adhesive separation,
FRP rupture, cohesion failure (adhesive de-cohesion),
adhesive failure, and substrate-to-adhesive interfacial
failure. More than one of these modes may be observed,
in an actual failure, as indicated in Figure 1. When
debonding occurs, the bond stress is transferred over a
limited active area, which leads to local shear stress
concentrations. Stress concentration may also result from
the discontinuity near the ends of FRP [6]. Among the
mentioned failure modes, adhesive fails rarely occurs
due to its strong characteristic behaviour [3]; however,
debonding between adhesive and adherent is often the
1
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critical failure mode since it has a significant influence
on the performance of strengthened structures [8, 9, 11].
Mostofinejad and Shameli [10] reported that several
attempts have been made to improve the performance of
FRP techniques to eliminate or postpone debonding
failure of the FRP attached to concrete. Fracture
mechanics-based models have been developed (both
theoretically and experimentally) by many researchers to
predict the initiation of debonding in retrofitted concrete
elements and the peak load that the composite layers can
resist before debonding [12, 13]. However, performance
of FRP composite bonded externally to timber,
considering debonding and failure modes, has not been
fully investigated [14] and to date, limited attempts have
been made to investigate the bond behaviour of FRP to
timber beams. Despite the large number of studies on
externally bonded elements, there is a significant
knowledge gap about the parameters that influence
interfacial behaviour of the bond, particularly the FRPto-timber bond. Therefore, comprehensive understanding
of the behaviour of externally bonded FRP-to-timber is
essential.

approaches, such as near-end supported and far-end
supported in which the near-end support introduces
compressive stress to the bonded surface, whilst far-end
support introduces tensile stress to the bonded surface [3,
14]. In the single lap shear test, FRP plates are attached
to one side of the substrate and placed on the test rig.
Then, the load can be gradually applied either to the
plate end or substrate end, depending on the test setup as
shown in Figure 2. In this method, FRP and substrate are
subjected to uniformly distributed axial stresses [21],
while the interface is predominantly subjected to the
shear deformations. On the other hand, in the double
shear lap test, FRP plates are symmetrically attached on
both sides of the substrate. In this method, the loading
system is identical to the single shear lap test; however,
special consideration must be taken into account to
minimise the possibility of the eccentricity of the acting
forces in order to avoid error in the results [9, 19].
Bonded
plates

Substrate

L
(a) Far-end supported
double-shear test
Substrate

Bonded
plate

Substrate
Failure
Cohesion
Failure
FRP
Delamination

Substrate

Adhesion Failure
Adhesive Layer
FRP

Failure between
FRP and
Adhesive

Bonded
plates

L
(b) Near-end supported
double-shear test

Bonded
plate

2

TEST METHODS

In order to determine bond-slip relations of FRPstrengthened materials, failure mode, bond strength,
force transfer and effective bond length, various bond
testing methods have been carried out experimentally;
including single shear tests [8, 9, 12, 15, 16], double
shear tests [17-20], and modified beam tests as shown in
Figure 2 [3, 9]. The test setup for single and double shear
pull tests can be configured using two different

Substrate

L
L
(c) Far-end supported single- (d) Near-end supported
single-shear test
shear test
Bonded plate

Figure 1 Debonding modes in externally bonded elements

This research study firstly, presents a review of available
timber bonded interfaces model in the literature and
secondly, investigates factors affecting bond strength. A
database containing results of 195 experimental results
of FRP-to-timber bonded interfaces has been built. A
stepwise regression method has been employed to
evaluate the influence of potential factors such as bond
width, bond length, material properties and geometries
on the bond strength. Finally, results of stepwise
regression analysis have been assessed by undertaking a
comparative analysis with experimental data collected
from the literature.

Substrate

Substrate

Substrate

Substrate

Substrate
beam

Bonded plate
(e) Beam test

(f) Modified Beam test

Figure 2 Bond tests classification [3].

In order to predict the behaviour of FRP retrofitted
beams, results of the pull-out tests may not represent the
actual debonding phenomenon; that is because the
loading type, boundary conditions, and deflections are
different in FRP retrofitted beams from those of the
FRP-to-substrate joint under shear force in pull-out tests
[22]. The interfacial stress transfer in FRP strengthened
RC beams produces high accuracy using bending tests
rather than shear tests, since the interface is under both
shear and flexural stresses simultaneously; however,
such tests require a complex test setup and higher
investment [23]. In the beam tests, specimens may
consist of two substrate blocks joined by a steel plate on
the bottom side or a substrate beam with a notch in the
middle as shown in Figure 2. In this method, the shear
2
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bond strength can be defined as an average stress along
the bond length. Theoretical work has included both the
development of empirical models based on simplistic
assumptions and regression of experimental data, and
fracture mechanics analysis [3].

3

FACTORS AFFECTING BOND
STRENGTH

Many factors control the likely occurrence of a
debonding failure mode for an FRP strengthened beam.
Whilst environmental conditions, surface treatment and
moisture content are reported in many publications as the
key parameters [24, 25], these factors are outside the
scope this study and differing moisture contents,
durability and their impacts on the bond strength have
not been considered in the preparation of this paper. It is
also important to note that debonding mechanisms of
FRP retrofitted timber beams may not be analogous to
debonding mechanisms of retrofitted concrete beams.
One reason is that timber generally behaves as a brittle
material under tensile loading, and also its mechanical
properties, mainly elastic modulus, are less than
concrete. The debonding process may also be influenced
by timber characteristics such as knots, grains and
defects [14]. Furthermore, unlike timber, concrete is
weak in tension. Debonding initiates when the tensile
stress at the interface exceeds the bond strength.
Therefore, debonding mechanism of retrofitted timber
and concrete may not be similar.
Regardless of the effect of environmental conditions, the
bond strength depends significantly on the strength of
the
substrate
material.
Existing
experimental
investigations have suggested that the main failure mode
associated to the externally bonded FRP joints is
substrate failure under shear. Crews and Smith [26]
reported that timber failure has been the main failure
mode that occurred in their tests, indicating that the bond
behaviour may be controlled by the properties of timber
rather than that of the adhesive. Yao, Teng [11] also
stated that concrete failure most often take place in pullout tests under shear, occurring mostly at a few
millimetres from the adhesive layer. Therefore, it can be
concluded that the substrate mechanical properties
directly impact the bond strength.
Adhesive stiffness and adhesive strength are also
amongst factors that impact strongly upon the bond
strength. Vallée, Tannert [27] reported that stiffness of
adhesive (EA) as well as the level of plasticity
significantly impact the stress–strain state inside bonded
joints. A number of studies have been also carried out
considering the behaviour of bond [8, 24, 25, 28, 29] and
their results have shown that the bond strength is highly
dependent to the geometry of the bond and also varies
with the FRP width and thickness, and the specimen
alignment [8, 11]. Furthermore, it has also been observed
that boundary conditions [8] and FRP to substrate width
ratio [3] significantly impact on the bond strength. With

the increase of an FRP plate width, the interfacial bond
strength increases and the ductility of the FRP-concrete
interface reduces, leading to a decrease of the interfacial
slip during the softening-debonded stage [6]. It has also
been reported that when the width of FRP is smaller than
that of the width of the substrate, the force transfer from
the FRP to the substrate leads to a non-uniform stress
distribution across the width of the substrate member
resulting a higher shear stress in the adhesive at failure
[3].
Bond length is also an important parameter that affects
the bond strength; however, effective bond length (also
referred to as transfer length or critical anchor length in
some literature) must always be taken into consideration,
since many experimental studies [8, 11, 28] and fracture
mechanics analyses [30] have confirmed that there is no
benefit in extending the bond length beyond that where
there is no increase the bond strength. Bond strength is
typically defined as the maximum load divided by the
effective bonded area (Ae = bf×Le); where bf is FRP
width and Le is effective bond length. From existing
experimental and theoretical models, which have been
mentioned earlier, the following parameters are accepted
as the main factors that impact on the effective bond
length (Le): the interfacial stiffness (ks); the reinforcing
stiffness (Ef.tf); interfacial fracture energy of the
adhesive layer (Gfb); shear-span ratio and span of the
beam [7, 31]. In the following sections each of these
parameters will be discussed in detail.
Wu and Hemdan [7] concluded that an adhesive with
relatively high interfacial stiffness transfers stresses from
concrete to FRP rapidly. They also reported that if the
interfacial stiffness of the adhesive increases, the
effective bonding length decreases; however, for values
of interfacial stiffness higher than 160 MPa/mm,
interfacial stiffness has no substantial impact on the
effective bonding length. Therefore, using an adhesive
with low interfacial stiffness increases the effective
bonding length and consequently relieves the stress
concentration in the FRP that will cause delay in the
debonding failure [7, 31].
In addition, increasing in FRP reinforcing stiffness (Ef.tf)
will lead to increased effective bond length. The results
of experimental investigations conducted by Hadigheh
[9] agree that the effective bond length increases for
samples with more layers of FRP; however, the joint
tends to be more brittle whilst the load carrying capacity
increases. To address this concern, Chen and Teng [3]
recommended that using FRP plates with higher
modulus of elasticity and smaller thickness, achieves
high stress in externally bonded joints. Nakaba,
Kanakubo [19] and De Lorenzis, Miller [32] also
reported that the effective bond length and load carrying
capacity of FRP bonded members increases as the FRP
stiffness increases. In general, it is recommended that
using softer adhesives [3] and higher FRP stiffness [3,
19] can increase the average bond strength.

3
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4

INTERFACE MODELLING

p 

METHODS
A number of studies have been carried out
experimentally [14, 16, 19] and theoretically [33, 34] to
address the behaviour of FRP bonded to timber and
concrete substrate due to critical importance of
debonding failures in member performance. In addition,
extensive models have been developed to predict the
behaviour of the bond. However, due to the limited
success and applicability of these proposed models,
further research in this area is highly desirable from a
structural design perspective, to develop models that can
properly predict debonding failure loads as well as
associated failure criteria for FRP strengthened
members.
Lu, Teng [35] has reported that Chen and Teng [3]
model (Eq. 1) is the most accurate model amongst the
twelve existing FRP-to-concrete bond strength models in
literatures. Chen and Teng [3] proposed a semi-empirical
design model based on the combination of a fracture
mechanics model (with rational simplifications) and
regression models. This model was calibrated with a
series of single shear and / or double shear pull out tests
and is applicable to both externally bonded steel plate
and FRP-to-concrete bonded joints. Although this model
was initially developed to investigate debonding failure
in the concrete, it can also be appropriately used on
debonding failure at the adhesive concrete interface [11,
14]. In the proposed model by Chen and Teng [3], one of
the main parameters is the width ratio of the bonded
plate to the substrate. Chen and Teng [3] concluded that
if concrete width (bc) is greater than that of the bonded
plate (bp), stress distributes non-uniformly across the
width of the concrete and consequently, may result in a
higher shear stress in the adhesive at failure. By taking
into account the above considerations, Chen and Teng
[3] developed their model where the ultimate strength of
joint, stress in the bonded plate at failure and the
effective bond length can be calculated as given in Eqs.
(1), (2), (3), respectively.

Pu   p  L Lebp f 'c

 p   p  L

Le 

(1)

E p f 'c
tp

E pt p

(3)

f 'c

L  1

if

 L  sin

L
2 Le

(2)

L  Le

if

L  Le

(4)

2  b p / bc
1  b p / bc

(5)

Megapascal, Newton and millimetres are the units for
the above equations, where Pu and σp are the ultimate
strength and stress in the bonded plate at failure; L and
Le are the bond length and the effective bond length,
respectively. tp, Ep and bp are thickness, elastic modulus
and width of the bonded plate, respectively. bc is
concrete width and f’c is the cylinder concrete
compressive strength. βL and βp are dimensionless
parameters that are influenced by the bond length and
bonded plate-to-concrete width ratio, respectively. A
best fit value of α=0.427 was achieved by Chen and
Teng [3].
As mentioned earlier, very limited studies have been
conducted on FRP-to-timber bond; therefore, reference
will be made to concrete although timber is the target
substrate material in this study. It is notable to mention
that due to numerous studies on FRP-to-concrete joint,
from both theoretical and numerical point of views, the
principles should largely be transferable to FRP-totimber bonds [14].
Wan [14] developed a new bond strength model for
FRP-to-timber bonds using a regression model and the
performance of this model was compared to the
experimental peak loads. The model of Wan [14] is
given in Eq. (6) and the expression of the effective bond
length is calculated using the model derived by Chen and
Teng [3].

Pu  0.012  t  e b p L f 0.28 E p t p

(6)

The parameter  t is related to hardwood and softwood
sides, and  e is related to the adhesive types. Lf is equal
to the bond length of joints when it is less than effective
bond length (Le) or equal to Le when it is equal to or
larger than Le. tp, Ep and bp are thickness, elastic
modulus and width of the bonded plate, respectively.
Note that the expression for effective bond length
proposed by Chen and Teng [3] has been used in the
model proposed by Wan [14]. It is also important to note
that the compressive strength of timber was not
considered in Eq. (6) because Wan [14] believed that the
compressive strengths of softwood, hardwood and
glulam used in that research were not significantly
different from one another. In this case, the importance
of timber properties that have a major factor influencing
the failure of the retrofitted beam reported by others [26]
has been ignored.

5
5.1

STEPWISE REGRESSION ANALYSIS
STEPWISE REGRESSION METHOD; A
BRIEF EXPLANATION

When dealing with a large group of potential
independent variables, stepwise regression (SR) can be
4
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employed to determine the most significant variables in
predicting the dependent variable [36]. Stepwise
regression is a robust approach not only for selecting the
best subset of independent variables that provides
efficient prediction of the dependent variable, but also
significantly reduces computing complexity than is
required for all possible regressions [37]. The
determination of the best subset models can be obtained
either by trying out one independent variable into the
regression model that produces the highest value of RSquared if statistical significance of model is kept
(Forward selection), or by including all potential
independent variables in the regression model and
removing those that are least significant (Backward
selection). Stepwise regression is a combination of these
two methods, selecting variable(s) that has the highest
effect on the residual sum of squares; and conversely,
removing the variable(s) that has the least significant on
the residual sum of squares. In stepwise regression
analysis, after each step in which a variable is added or
removed, all candidate variables in the model are
checked to ensure whether or not their significance has
been reduced below the specified tolerance level. If a
non-significant variable is then found, it will be removed
from the model. It should be noted that stepwise
regression analysis consecutively adds or deletes
variables while there is no further contribution of
independent variables to remain or enter to the model,
then variable selection process will be terminated [36,
38].
This study presents the application of SR analysis for
finding factors affecting bond strength when the FRP
plates are externally attached to timber. The proposed
stepwise regression model is based on 195 experimental
results of FRP-to-timber bonded interfaces as reported
by [14]. The accuracy of the proposed SR analyses is
quite satisfactory when compared to experimental
results.
5.2

SR MODEL OF FRP-TO-TIMBER BONDED
INTERFACES

In the present study, a database was built covering the
results of 195 single shear FRP-to-timber joint tests
collected from Wan [14]. In the research conducted by
Wan [14], the main focus was on bond length and types
of adhesive and there were limited variations in
parameters such as bond width, FRP-to-timber width
ratio, bond stiffness, FRP thickness, compressive
strength of timber etc. As such, the SR model for FRPto-timber joint presented in this study is valid only for
the ranges of variables of the experimental database

given in Wan [14]. Prior to the modelling phase, the
correlation of each potential independent variable on
output (dependent variable), which is the ultimate load
(Pu), has been determined. The most common measure
of correlation in statistics is the Pearson Correlation,
which is a measure of the strength of the linear
relationship between two sets of data. The symbol for
Pearson's correlation is “r” with the range from -1 to 1.
An r of adjacent to 1 and -1 indicates a perfect positive
and negative linear relationship between variables,
respectively; while an r of 0 indicates no linear
relationship between variables [39]. Pearson correlation
coefficient can be calculated by Eq. 7.
r

Pu

timber modulus
of elasticity (Et)

bond
length (L)

FRP
tensile
strength

0.34

0.16

0.81

-0.26

x

2

 xy  n x y

 nx 

 y

2

2


 ny 



(7)

2

where x and y are independent and dependent variables,
respectively. x and y are mean of x and y values, and
n is the number of samples. As a result of these analyses,
in the stepwise modelling of externally bonded FRP-totimber joint, timber modulus of elasticity (Et) and
compressive strength (ft), bond length (L), FRP elastic
modulus and tensile strength, FRP stiffness (Eftf),
adhesive elastic modulus (EA) and tensile strength (tA)
have been considered as the main parameters which
impact on the bond strength, as shown in Table 1. It is
worth noting that the value of Pearson’s Correlation of
timber width (bw), FRP width (bp), FRP thickness (tp),
FRP to timber width ratio (bp/bt) on the ultimate load has
been found equal to zero, because these parameters have
been constant for all samples. This finding indicates that
there is no observable linear relationship between these
parameters and the ultimate load for the present
database.
The stepwise selection process has been performed using
different possible combinations of independent variables
including linear; polynomial; exponential model;
reciprocal model and nonlinear multiple regression. It is
noted that the power of the polynomial is usually either
two or three [40]. Models considered for the SR
procedure are tabulated in Table 2.
One way to test the model proposed by SR is not to rely
on the model’s P-value, significance or R-squared, but
instead, assess the model against an “independent” data
set that was not used to create the model [41]. Thus, a
model can be built based on a sample of the dataset
available (e.g., 70%) and then, assess the accuracy of the

Table 1 Pearson's correlation of independent variables on output (Pu)

timber
compressive
strength (ft)






FRP modulus
FRP
of elasticity stiffness
(Eftf)
0.26

0.26

adhesive
modulus of
elasticity
(EA)
0.04

adhesive
tensile
strength
(tA)
-0.32

5
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Table 2 models considered for the SR procedure

Model
Multiple regression model (linear regression)
Polynomial Regression
Nonlinear multiple regression models
Exponential model
Reciprocal model
Y = dependent variable, Xi = independent variable i, b0 =
random error

Equation
Y = b0 +b1x1 + b2x2 +...+ bmxm +e
Y = b0, +b1x+b2x2 + b3x3+ ...+ bmXm + e
Y = b0 +b1x1b2x2b3x3bmXm +e
Ln Y = b0 + b1x1 + b2x2 + b3x3 + Ln e
Y = 1 / (b0 + b1x1 + b2x2 + b3x3 +...+ bmxm + Le)
y intercept, bi = the slope for independent variable i, e =

Table 3 Equations of best subsets for SR analysis of externally bonded FRP-to-timber joint

Step
1

4.448  0.086 ( L)

R2
0.65

Equation (Pu)

2

5.857  0.096 ( L)  0.474 ( Et )

0.71

3

5.234  0.077 ( L)  5.778 ( Et )  1.124 ( f t )

0.78

4

64.849  0.084 ( L)  7.005 ( Et )  1.383 ( f t )  0.786 ( E f t f )

0.82

5

113.57  0.0752 ( L)  8.813 ( Et )  1.7013( f t )  1.306 ( E f t f )  0.1689 (t A )

0.87

Table 4 Statistical details of best subset for stepwise regression model

Step Label

Main parameters

Partial
R2
0.65

Model
R2
0.65

C(p)

F Value

Pr > F

31.58

47.31

<.0001

1

Bond length

2

Timber modulus of elasticity

0.06

0.71

24.46

4.81

0.038

3

Timber compressive strength

0.07

0.78

15.58

7.24

0.013

4

FRP stiffness

0.04

0.82

11.08

5.09

0.034

5

Adhesive tensile strength

0.05
0.87
4.81
8.77
0.008
process works; however, it may sometimes decrease.
Hence, variables that tend to reduce the value of adjusted
R-squared must be manually removed from the model.
Table 3 shows SR equations which have been obtained
for the best subsets of FRP-to-timber bonded interface.

model using the remaining 30% dataset [42]. This
method is predominantly valuable when data are
collected in different resources. Accordingly, a database
including 130 experimental results of the FRP-to-timber
joint has been used to create the model (predict) and
remaining 65 sets of data have been used to test the
measurement accuracy of SR model. Statistical Analysis
Software (SAS®) has been employed for the stepwise
regression analysis. SAS®, permits choosing the
stepwise variable selection option by providing the
opportunity to specify the method as “Forward” or
“Backward”. In the present study, a fully stepwise
analysis has been selected (both Forward and Backward
methods) allowing the software to perform a straight
multiple regression using all the variables. At the next
step, a significance level of a variable must be specified
before it can be entered into the model (F-to-enter) prior
to analysis, and then to remain in the model after each
step of analysis (F-to-remove). Therefore, the options
SLENTRY=0.05 and SLSTAY=0.1 have been set as the
level of significance for a variable to enter and remain in
the model, respectively. Dependent and independent
variables have been defined to the model and program,
then preceded analysis automatically. It is important to
note that when the procedure terminates, all variables
added and deleted must be checked, since it is possible
that the addition or removal of a few more variables
might not lead to improvement to the model.
Furthermore, the value of the adjusted R-squared of the
model must always be checked, because the adjusted Rsquared should increase consistently as the stepwise

R, the multiple correlation coefficient and square root of
R² (Coefficient of Determination), is the correlation
between the independent variable(s) and the predicted
values. A model with R²=1 has perfect predictability, and
a model has no predictive capability if R²=0. As
mentioned earlier, the effect of timber width, FRP width,
FRP thickness and FRP-to-timber width ratio cannot be
identified based on the current model due to the limited
data set that the model is based on. This occurs because
Pearson’s Correlation of the above parameters and the
ultimate load is zero; noting that these parameters have
been constant for all samples. On the other hand,
stepwise regression modelling of FRP-to-timber joint
illustrates that bond strength can be significantly related
to the bond length, as shown in Table 4, with the value
of R2=0.65. That is not only because bond length varies
in the present database, but also the other parameters,
which are mentioned earlier, are suppressed in the SR
analysis. It was also found that the timber modulus of
elasticity and timber compressive strength have a
significantly higher impact on the bond strength, rather
than that of adhesive tensile strength. This finding is in
agreement with observations made by Crews and Smith
[26]. However, the compressive strength of timber was
not considered in the research conducted by Wan [14],
since it was believed that the compressive strengths of
6
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The F-value can be interpreted as the ratio of the Model
Mean Square to the Error Mean Square that investigates
whether or not the model as a whole has statistically
significant predictive capability. An F-value is often
used for comparing statistical models that have been
fitted to a data set, with the intention of identifying the
model that best fits the dependent variable from which
the data were collected. When the model has no
predictive capability, the null hypothesis is rejected if the
F-value is large and P-value is smaller than 0.05.
Consequently, the stepwise regression analysis revealed
that amongst parameters which are proposed by the other
researchers, bond length, timber modulus of elasticity,
timber compressive strength, FRP stiffness and adhesive
tensile strength have the major contribution to the bond
strength.
5.2.1

Accuracy of the proposed models

Figure 3(a) shows the evaluation of the stepwise

regression model of FRP-to-timber bonded interface
against experimental results. Wan [14] has proposed an
analytical model predicting ultimate load of FRP-totimber joint (Eq. 6). To determine the accuracy of the
proposed stepwise regression model of FRP-to-timber
joint, all samples have been validated with the model
proposed with Wan [14], as shown in Figure 3(b). It is
interesting to mention that the coefficient of
determination (R2) of the stepwise regression analysis
signifies that the SR model is even more enhanced when
compared with the model proposed by Wan [14] and is a
more accurate predictor than the existing bond–slip

50

Stepwise Predicted, Pu (kN)

InError! Reference source not found. Table 4, Pr >
F labels the P-values indicates whether or not a variable
has statistically significant predictive capability in the
presence of the other variable. A low P-value (<0.05)
demonstrates that the null hypothesis can be rejected. In
other words, an independent variable with a low P-value
is likely to be a meaningful addition to the model; that is
because; changes in the independent variable are
associated to changes in the dependent variable. A larger
P-value, on the other hand, illustrates that changes in the
independent variable are not related with changes in the
response, representing that the independent variable is
statistically insignificant. Consequently, the P-value for
each term investigates the null hypothesis that the
coefficient is equal to zero (no effect).It can be seen
(Table 4) that bond length, timber modulus of elasticity,
timber compressive strength, FRP stiffness and adhesive
tensile strength are significant because their P-values are
smaller than 0.05.

model. In addition, the average values and correlation
coefficient of Wan’s [23] model for the bond strength
and stepwise regression analysis-to-test bond strength
ratios are given in Table 5. It can be seen that SR model
performs significantly better than Wan’s [23] model.
Nevertheless, although the predictor variables of bond
length, timber modulus of elasticity and compressive
strength, FRP stiffness and adhesive tensile strength are
statically significant (P-values < 0.05), in order to
consider accurately the effect of the all potential factors,
further research is necessary. In addition, a low Rsquared of Wan’s [23] model indicates that a new bond
strength model for FRP-to-timber bonded interface is
highly required in order to predict the ultimate load of
the bond with superior accuracy.
(a)

R² = 0.7094

40
30
20

10
0

0

10

20

30

Experimental Pu (kN)

50

Wan Analytical, lPu (kN)

softwood, hardwood and glulam used in that study were
not significantly different from one another. Therefore,
the importance of this parameter has been ignored in the
existing model.

40

50

(b)
R² = 0.5929

40
30
20
10
0

0

10

20

30

40

Experimental, Pu (kN)

50

Figure 3 Wan [14], Pu predicated by: (a) Stepwise Regression
Analysis; (b) Wan’s Model
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Table 5 Wan [14] model and stepwise regression analysis-to-test bond strength ratios

Data set
reported
Wan [14]

6

Wan [23]
model-to-test bond strength

Stepwise regression analysisto-test bond strength

Pu analytical/Pu experimental

Correlation
coefficient

1.05

0.77

Conclusion

This paper provides a review of existing bond-slip
models in the literature for externally bonded FRP on
concrete and timber. Whilst several research studies have
been carried out to improve the performance of FRP
techniques to eliminate or postpone debonding failure of
the FRP attached to concrete, there are limited studies on
FRP-to-timber bond. The findings of such studies have
been reviewed with the intention of characterising and
identifying potential failure modes of FRP-to-concrete
and FRP-timber bond interface. Based on the
consequences and considerations obtained in the present
study, the main findings can be concluded as:
 Debonding can be defined as the most common
failure mode in the externally bonded elements which
directly impacts on total integrity of the structure
causing devastating damages to the whole structure.
In addition, the failure mode of externally bonded
joints may occur in different ways, such as substrate
failure, FRP delamination, FRP/adhesive separation,
FRP rupture, cohesion failure, adhesive failure, and
substrate-to-adhesive interfacial failure; although the
actual failure may be a mixture of these modes.
Consequently, in order to investigate the debonding
mechanism, numerous bond testing methods have
been carried out experimentally such as single shear
and double shear tests as well as modified beam tests.
Different factors have been reported in the literatures
that affect the interfacial behaviour of the joints. The
main parameters, which are repeatedly confirmed in
literature, are substrate stiffness and strength, bonded
length, adhesive stiffness and strength, FRP stiffness,
FRP bonded width and FRP-to-substrate width ratio
and interfacial fracture energy.
 This paper presents the application of a stepwise
regression analysis for determining the key
parameters affecting bond strength when the FRP
plates are externally attached to timber, and also to
evaluate their influence on the bond strength. The
proposed stepwise regression model is based on an
average of 195 single shear pull out tests of FRP-totimber bonded interfaces collected from literature. It
is notable that there are some fundamental
differences between the failure mechanism in timber
and concrete when bonded with FRP. Concrete is
weak in tension; whilst timber is often stronger in
tension. Therefore, the models which work for FRPto-concrete bond may not work for FRP-to-timber
bond.

Pu analytical/Pu experimental
0.97

Correlation
coefficient
0.84

 This study is a part of an ongoing research project
aiming to accurately consider the effect of the all
potential parameters affecting bond strength,
particularly when FRP is bonded to timber. The
present work nevertheless has been performed to
address critical variables that will be included in a
new FRP-to-timber model in order to predict the
ultimate load of the bond with superior accuracy.
Further research and development of a new FRP-totimber bonded joints model will be reported in
subsequent publications.
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NUMERICAL MODELS FOR SELF-TAPPING SCREWS AS
REINFORCEMENT OF TIMBER STRUCTURES AND JOINTS
Marc Oudjene1, Van-Dang Tran2, El-Mahdi Meghlat3, Hacene Ait-Aider3
ABSTRACT: This paper presents an efficient and fast numerical approach for the modelling of woodscrews as
reinforcement of timber structural elements and joints. The proposed approach is developed in the spirit of steel
reinforcement in concrete structures since woodscrews act as stiffening elements inside timber. The effectiveness of the
proposed approach is verified by experiments in the context of notched reinforced beams showing a fairly good
agreement. In order to simulate the progressive failure within the notch detail, the developed model was coupled with
cohesive zone modelling. The numerical approach is also valid for inclined screws and in the context of large scale
applications with large number of screws as well.
KEYWORDS: woodscrews, reinforcement, strengthening, joints, timber, FEM, cohesive zone modelling

1 INTRODUCTION 123

model, however, do not cover the later mode of failure

In timber construction, connections are often achieved

and it is generally taken into account through practical

essentially by adhesives or by dowel-type fasteners, such

design rules such as distances between fasteners and

as bolts, dowels, screws, nails...etc. Mostly steel

edge-distances. Timber members, such as glulam beams,

dowelled connections are still a current practice because

can also present cracks in the grain direction which is the

they are quick and do not require too sophisticated

most common type of observed timber failure.

equipment [1]. Connections have a crucial role on the

According to [3,4], crack in the grain direction

overall stability and load-bearing capacity of structures

represents around 75% of observed types of timber

and on the distribution of internal forces. The

failure, due in particular to the moisture gradient during

connections are generally recognized as the weakest

the service life of the structure. To overcome this serious

points of timber structures and the large majority of

problem, several reinforcement methods are currently

collapses originate at connections. Steel dowelled

available. These methods include glued-on wood panels

connections can fail in a ductile manner within the dowel

(or fibre polymer), punched metal plates, self-tapping

fasteners or in a brittle manner caused generally by

screws [5], among others. Reinforcements are generally

cracking in the grain direction (or plug shear) of the

expected in the weakest zones, where they act to

timber members. The first mode of failure is well

transfer, in particular, tensile stresses perpendicular to

predicted by the European Yield Model (EYM) [2]. This

the grain and shearing.
Reinforcing timber structures and joints is one way to

1
Marc Oudjene, LERMAB, Université de Lorraine, 27 rue
Philippe Séguin 88026 Epinal, France
Corresponding author: marc.oudjene@univ-lorraine.fr
2
Van-Dang Tran, Division of Transportation Engineering,
Faculty of Engineering, Thuy Loi University, 175 Tay Son
Street, Dong Da District, Hanoi, Vietnam
3
Hacene Ait-Aider, Faculté du Génie de la Construction
University of Tizi-Ouzou (Algeria)

increase the load-carrying capacity of structures, to
enhance seismic resistance, to extend their life duration
but also to repair deteriorated and damaged zones. In a
review paper on the state of the art on the reinforcement
methods, Franke et al. [6] reported the available
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reinforcement methods for the most commonly occurring

beams. The obtained results are compared against

situations and explain why it is important to account for

experimental tests showing good agreement.

reinforcements in the design of structures and joints.
They also pointed the lack of appropriate methods for
determining stresses in reinforced structures and joints.

2 DESCRIPTION OF THE NUMERICAL
APPROACH

Therefore, the number of research works about

In typical screw reinforcement inside timber, the load

reinforcements and the quantity of papers published have

transfer is achieved by deformation of the surrounding

considerably increased these last years. More and more

timber. The internal forces acting on the screw are:

sessions dedicated to this issue are organized in scientific

tension (or compression), shearing and bending (Figure

conferences. The European network, COST Action

1). The shear force and bending are caused by bearing

FP1101

and

the screw against the timber surface, while the

monitoring of timber structures” has been entirely

tensioning (or compression) is due to the axial

devoted to this issue; the main results are reported in a

withdrawal force, caused by the frictional contact

special journal issue edited by Harte and Crews [7].

conditions between the threaded screw shank and the

With the development of modern self-tapping screws,

timber as well as the screw-head embedment. The

with high axial strength and excellent continuous tie to

numerical approach presented here introduces the

the wood as compared to the conventional screws,

concept of assuming fully tied screw to timber similarly

reinforcement by self-tapping screws is becoming more

as steel reinforcement in concrete structures.

called

“Assessment,

reinforcement

and more popular. Self-tapping screws are still the
preferred practice and current used method for the
reinforcement of timber structural elements and joints,
because of their quickness, ease of installation and they
are a very economical alternative to the traditional
reinforcement by glued-in steel rods or wood-based
panels which are glued onto the timber member [8]. The
literature review shows that the research works about
reinforcement

are

mostly

focused

on

testing

reinforcement materials and development of alternative
methods and very much less attention was paid to the
calculation

methods

predicting

the

load-carrying

capacity of reinforced structures and joints. Therefore
the need for the development of design methods arise
since it is a key point to assess the strength and
deformation properties of reinforced structures and
joints.
The present paper describes a simplified finite element
model to simulate the global behaviour of self-tapping
screw reinforcements in timber structural elements and
joints. The numerical methodology has been applied
successfully to simulate the load-slip behaviour of
timber connections [9-12]. Here it is presented and
applied in the context of reinforcement of notched spruce

Figure 1: The finite element modelling concept: typical
woodscrew loaded laterally and resulting forces

If we neglect the frictional contact conditions between
the screw and timber, the basic idea is to use onedimensional beam element to predict the behaviour of
the screws and detailed 3D solid elements to predict the
behaviour of the timber (Figure 2). This is referred to as
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beam-to-solid coupling. In a general beam-to-solid

and timber similar to steel reinforcement in concrete

coupling, it is necessary to deal with the stiffness

structures.

contribution of the solid element to the rotation of the
section of the beam element [13] leading to a clamping

3 EXPERIMENTAL

condition, since the d.o.fs differ from the beam element

The timber used in this study was spruce with average

to the solid element. However, the clamping condition is

density of 420 kg/m3, at a moisture content which

obviously not fulfilled for screws in timber. Therefore,

fluctuated between 10% and 12%. The experimental

the basic idea was to modify the existing 2-node beam

tests consist of two sets of notched beams: unreinforced

element with the goal to obtain a novel beam element

notched beams and reinforced notched beams (Figure 3).

with only translational d.o.f., which is fully compatible

The beam specimens have a total length of 900 mm and

with solid elements [14].

a cross section of 100 mm x 80 mm. For the
reinforcement of notches, single threaded-screw of 100
mm length and 5 mm diameter was used (Figures 3c and
4). The specimens were tested under three-point bending
in a standard Instron machine (Figure 5), with 150 kN
load cell capacity, at the cross head speed of 2 mm/min.
F

100
50

100

50
50

850

(a)

80

F

100
50

100

50

(b)

Figure 2: The Beam-To-Solid Approach: (a) screw in a typical
timber reinforcement, (b) screw in a typical finite element
mesh, (c) illustration of the coupling constraints

The modelling approach presented is suitable for any
given task of reinforcement (and joining). This approach

7.5

850

50

80

(c)
Figure 3: Schematic illustration of the tested notched
beams: (a) unreinforced beams, (b) reinforced beams and (c)
threaded screw reinforcement

allows an idealized modelling of the internal stiffness
and flow of forces by assigning them to the inside beam

Figures 6 and 7 display the experimental load-deflection

element (screw reinforcement) which is coupled to the

curves from unreinforced and reinforced beams,

mesh of the timber member to be reinforced.

The

respectively. From these figures, it can be observed that

approach has been earlier validated in the context of

the reinforced notches enhanced noticeably the load-

timber-to-timber and timber-to-concrete connections [8,

carrying capacity of the entire beams.

9].

Here, it is applied in the context of timber

reinforcement based on fully continuity between screw
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Figure 4: Reinforced notched beams with one screw

Figure 7: Experimental load-deflection curves from the
reinforced beams
Table 1: Experimental values from reinforced and
unreinforced beams

Tests
N°
1
2
3
4
5
Mean
C.o.V (%)

Figure 5: Three-point bending test set-up

4

Fmax (kN)
Reinforced
15.97
13.57
12.07
13.37
11.58
13.31
11.7

Fmax (kN)
Unreinforced
10.17
11.21
08.13
10.22
/
09.93
6.72

FINITE ELEMENT MODELLING

The ABAQUS finite element software [15] has been
used for the finite element analysis of both unreinforced
and reinforced notched beams under bending. In addition
to the flexural behaviour of beams with or without
reinforcements, the finite element modelling takes into
account the progressive cracking of the notch details
using cohesive zone modelling (CZM).

Figure 6: Experimental load-deflection curves from the
unreinforced beams

4.1 PROGRESSVE FRACTURE OF THE NOTCH
DETAIL
During the bending test, the cracking initiates within the

Also, the failure of the reinforced specimens shows less

notch detail of beams and propagates along the grain

brittleness as compared to that of unreinforced

direction under the mode I (opening fracture mode). This

specimens. The load carrying capacity values recorded

mode of failure can be adequately described by a CZM

from the all beam specimens are summarized in Table 1,

in which the progressive failure is expressed by a bi-

where it can be seen that the one-screw reinforcement

linear traction separation law [15,16]. The parameters of

has delayed the fracture of the notch details leading to

the traction-separation law [15,17] to simulate cracking

strengthening of the timber beams by about 34%.

of timber under mode I have been determined with
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appropriate experimental procedure based on the
modified DCB (Figure 8) test similar to that used in [16,
18].

Figure 9: Finite element mesh (one half) of the reinforced

notched beam (Model 1)

Figure 8: Schematic illustration of the modified DCB used to
identify the CZM parameters of timber in fracture mode I.

The main identified cohesive material parameters are
summarized in Table 2.
Table 2: Identified cohesive model parameters of spruce timber
in fracture Mode I

Stiffness
(N/mm3)
2

Failure
stress (MPa)
0.9

Fracture energy
(N/mm)
0.45

Location of the
beam element
Figure 10: Finite element mesh (one half) of the
reinforced notched beam (Model 2)

4.2 MODELLING OF REINFORCEMENT BY
SCREWS

3D finite element model was assumed and eight-node

In order to demonstrate the main advantages of the

solid elements have been used for the discretization of

proposed approach, the simulation of the reinforced

the timber beam (Figures 9 and 10). Orthotropic

beams was undertaken in two ways:

anisotropic non-linear material model [19–23] has been

(i)

Model 1: both the screws and the timber
beams have
constitutive

been
laws

modelled

using 3D

involving

brick-solid

element meshes (Figure 9);
(ii)

Model 2: the timber beam was modelled
using 3D constitutive law, whereas the screw
was modelled using one-dimensional beam
element (Figure 10), leading to a beam-tosolid coupling (proposed approach).

assumed for the timber behaviour. The screws have been
assumed

as

isotropic

elasto-plastic

material

and

modelled using the modified one-dimensional beam
element. The material properties of the screws are: E =
210 GPa and σy = 400 MPa. Coupling constraints have
been applied to the common nodes between the screws
and timber.

5 RESULTS AND DISCUSSION
5.1 RESULTS FROM UNREINFORCED BEAMS

Note that the first model (Model 1) is not efficient in the

After the different CZM parameters have been identified,

case of large number of screws.

the numerical simulation of the behaviour of the

Since the beam geometry admits one plan of symmetry,

unreinforced notched beams has been, first, undertaken

only one half was modelled (Figures 9 and 10).

and the results were compared against corresponding
experimental ones (Figure 11). It can be seen that the
numerical

load-deflection

curve

fits

well

the
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experimental ones and thus it can be concluded that the

and quite similar ant fit well the global response of the

CZM can simulate adequately the progressive cracking

reinforced specimens including progressive failure of the

of the timber under fracture mode I.

notches.

Figure 12 displays the comparison between the
numerical and the experimental failure modes, where it
can be observed a good correlation.

Figure 13: Comparison between numerically
experimentally predicted load-deflection curves
Figure 11: Comparison between numerically predicted
load-deflection curve and experimental curves from
unreinforced beams

and

Figure 14 illustrates the experimental mode of failure as
well as those predicted by the numerical simulations,
where it can be observed a good correlation.
Both the two models show good and similar quality
results, however, the model 2 has shown very much
simplicity and quickness since it requires 6 times less
computational times as compared to the model 1.

(a)

(a)

6 CONCLUSION
In this paper a hybrid approach combining experimental
and numerical modelling has been presented in the
context of timber reinforcement by threaded screws.
Three-point bending tests on both unreinforced and
reinforced notched beams have been undertaken and the
results were compared to the corresponding numerically

(b)
Figure 12: Failure of the notch detail: (a) numerical and
(b) experimental

5.2 RESULTS FROM REINFORCED BEAMS

predicted values, showing a fairly good correlation. The
experimental results showed that the reinforcement of
beams by one threaded screw leads to an increase of
load-carrying capacity of beams by about 34% and
delayed the failure (Figures 6 and 7. The numerical
approach presented is a good contribution to the field of

Figure 13 shows the numerically predicted load-

timber reinforcement by screws and its effectiveness and

deflection curves against experimental ones. It can be

efficiency

seen that the predictions of both model 1 and model 2

validated numerical approach is helpful for engineers to

have

been

clearly demonstrated.

This
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design any task of timber members and joints reinforced
by screws and to find the optimal positions of screws in
the reinforcement.

(a)

(b)

(c)

Figure 14: Comparison between numerically and
experimentally predicted failure modes: (a) numerical
Model 1, (b) numerical Model 2 and (c) experimental
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DIFFERENT USE OF HIGH-END TECHNOLOGY - A NEW
INTERPRETATION OF THE TRADITIONAL ALPINE ARCHITECTURE
Lavinia Herzog1

ABSTRACT: With the rise of energy-saving regulations in the last decades the traditional timber architecture lost one
of its most important aesthetic qualities: the culture of the bearing structure being visible and characterising. In the
project presented, while showing the pillars, prefabricated elements of the outer walls contain reinforcing bracing
boards that serve as mechanical protection for highly efficient vacuum insulation panels. These are assembled under
controlled conditions in the factory, which helps to avoid the risks of on site damage during construction. The result is a
traditional yet modern interpretation of a timber skeleton construction including highest standards of thermal insulation
that allowed for the bearing structure and its architectural potential to become visible again and to define the building’s
beautiful façade. This task is complimented with the use of efficient energy production systems in order to create a
highly energy self-sufficient residence building.

KEYWORDS: visible bearing structure, prefabricated, vacuum insulation, integrated photovoltaic panels

1 PREFACE 123
With the rise of energy-saving regulations the local
architecture of the last few decades almost lost one of its
important characteristics, the old culture of the bearing
structures, which is visible from the inside as well as the
outside.
Especially the outer walls of timber structures changed
to packaging material for extremely thick thermal
insulation and thus lost a lot of its aesthetical quality.

2 TASK DEFINITION AND
BACKGROUND
The task was to design an energy-self-sufficient house.
A new concept of highly insulated outer walls serving as
building system with prefabricated elements allowed also in the alpine temperature zone - for the bearing
structure and its architectural potential to become visible
again.
2.1 CONDITIONS ON THE BUILDING SITE
The site is located in a nature resort as well as a water
protection area. The mandatory requirement of the
1

Lavinia Herzog, Dipl. Ing. Univ (TUM) Architect,
M.A. Landscape Architect; Munich, Germany,
lh@thomasherzogarchitekten.de

authorities was that the building had to “fit in the
surroundings”. As a consequence only a substitution
building with strictly the same volume was authorized,
which automatically bore several consequences as to the
division of the building.
Considerable inclination causes large amounts of surface
water. Access to the external energy network (gas or
district heating) was impossible, which met the client’s
wish for possible independence in this respect anyway.
Further requirements for the building also contained,
among others, a high degree of flexibility in the floor
plans, for a potential change of use in the future as well
as control over the building biology of all used material.
The surrounding landscape was mainly left untouched.
The exterior cellar walls of the demolished old house
served as boundaries for the walled garden adjacent to
the new building.
2.2 BUILDING DESIGN
The geographical as well as the predominant
hydrological conditions of the place led to a traditional
alpine construction. Its “stone socket” keeps the wooden
structure away from water and snow, while the large roof
overhang shelters the wood from the rain. The basement
is a “white trough”, i.e. an impermeable concrete
construction and contains the building services and a
separately accessible unit. The two residential levels on
top are supported by a timber construction.
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The height of the building was strictly limited and made
a multi-storey building with today’s common standards
for room heights hardly possible. This challenge was met
by way of a special construction of the ground floor
ceiling.
In addition a combination of low room heights and twostorey areas creates a natural atmosphere of security and
generosity at the same time. (figure 1, floor plans)
The service rooms such as bathrooms, toilet and kitchen
are located in the centre of the building. To the north a
mainly closed façade serves as a view protection and
prevents from excessive heat loss. The glazed south
façade offers a lovely view to the nature in the east and
in the south and gives way for the passive use of solar
radiation.
The square grid used (0,80m/ 1,6m/ 3,2m) makes the
floor plan very flexible.

3.1 CHARACTERISTICS OF THE BUILDING
SYSTEM:
The new interpretation of a timber skeleton construction
allows for a changeable floors plan and various room
dimensions through simple adjustment and amendment
of the building system. It includes the highest standards
of thermal insulation with varying infills. (figure 7)
3.1.1 Supporting structure
The supporting structure consists of square pillars, which
hold all beams in the same construction layer. A
combination of single longitudinal beams and double
cross beams are linked to the pillars through a specially
constructed slotted plate – steel box connection system
that was developed together with the civil engineer.
(figure 2, 3, 4) In the façade, the steel connectors are
covered by aesthetically complementing timber elements
in order to prevent from thermal bridges.

Figure 2: connection system: pillar/ steel box/ slotted plate
Figure 1: Floor plans (top down, north above)

3 BUILDING CONSTRUCTION
The base of the building is an insulated solid
construction. The timber skeleton starts above ground
and thus a distance to the surface water is ensured. Main
parts of the timber construction were prefabricated
which led to a quick assembly and a short construction
phase. A large roof overhang guarantees a constructive
wood protection as well as shading of the interior in
summer, still allowing for large-scale solar gains in
winter due to the suns flat angle.

Figure 3: skeleton system: connection pillars to beams
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3.1.3 Bracing
Wooden panels integrated in prefabricated elements
serve as the longitudinal bracing of the construction. The
actual form of the pillars in the façade is created by two
elements: Half pillars are glued to the bracing boards,
thus linking them. (figure 7)
These elements range over two storeys, forming the
main part of the closed areas in the south façade. (figure
23)

Figure 4: connection system: addition of twin beams

Figure 7: skeleton system: half pillars with bracing panels

3.1.2 Ceiling construction
The ceiling construction above the ground floor has a
minimal thickness in order to save space and gain room
height. All sides of the wooden ceiling panels (50 mm
thickness) rest on top of the beams. Wooden ribs are
bolted to the lower part of these panels as a means of
static reinforcements in order to guarantee minimal
bending. (figure 5, 6)

For large transparency the cross bracing consists of
Vierendeel-ladders of steel, which are linked to the
slotted timber pillars via the mentioned steel box
connection system. (figure 8 cross view, 9)

Figure 8: Cross view
Figure 5: ceiling element

Figure 9: Timber skeleton system – connection bracing system

Figure 6: Ground floor ceiling bottom view
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3.2 FACADE SYSTEM:
3.2.1 Façade construction
The use of highly efficient (factor 6 compared to today’s
conventional insulation materials) vacuum insulation
integrated in the walls of the first application of the
opaque building components reduces the heat loss
considerably, but the system can be used with other
types of insulation as well (figure 10, 11). In this
building two kinds of insulations are used: Prefabricated
elements contain vacuum insulation plus an extra layer
of wood fibre insulation, on-site elements were filled
with wood fibre insulation only.

It was a consciously chosen architectural measure, which
combines the dimension of the individual elements
(shakes) with the strict, characteristic layout of the
modular timber structure. (figure 12)
This structure serves as a means of defining the fields of
the façade and gives rhythm to the calm large form of
the two volumes. Their location at the hillside causes a
slightly different altitude and the large common roof
links them, creating one structure.
The contrast between the length of the building (40m)
and the “human” scale of the shakes together with the
whole material and colour concept creates a balanced
entity.

Figure 10: skeleton system: opaque filling/ vacuum insulation

Figure 11: skeleton system: insulation filling - first application

The prefabricated elements contain reinforcing boards
serving also as a mechanical protection for the highly
sensitive
vacuum
insulation.
The
controlled
manufacturing conditions through assembly in the
factory prevent the risks of on site damage during the
construction process.
This construction method allows the possibility of fitting
finished surfaces (casing, boards, shakes) on both sides
towards the end of the construction period, when the risk
of damage is reduced. Furthermore the construction
method makes it possible for building materials to be
more easily separated and recycled in case of
modification or disassembling.
3.2.2 Material
The entire supporting structure is made of spruce while
all other wooden parts are made of lark. A red wood
protection coating visually separates the skeleton from
the non-bearing parts, which are left untouched.
After considering all sorts of possibilities the lark shakes
of the façade were chosen for their diverse positive
characteristics. Well priced and sustainable, they present
a combination of traditional crafting and the aesthetically
important aspect of the scale, which offers some ease to
the otherwise stereometrical, large building. The
carpenter firm working on the project is well known in
the area for it’s abilities in conservation of historic
monuments and such was perfectly suitable for this kind
of traditional façade cladding.

Figure 12: Timber skeleton system: various fillings

3.3 COMPLETION:
The axes define the entire interior and exterior
construction and thus the geometrical order of all joints
and connections of windows, sliding doors and inbuilt
furniture (serving also as guard rails) is based on the
timber skeleton system. (figure 13 - 17)

Figure 13: Timber skeleton system: transparent window filling
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Figure 17: Timber skeleton system: connection interior works

Figure 14: Timber skeleton system: connection beam - pillar
and transparent window filling

3.4 EXPLANATION OF THE ENERGY
MANAGEMENT ELEMENTS
3.4.1 Heating
The living rooms on the ground floor are very flexible
and separable through large sliding doors. That way it is
possible to create gradual temperature zones adapting to
the seasons. In winter the sleeping rooms on the first
floor profit from the heat of the living rooms on the
ground floor. This effect is an ancient principle of alpine
farmhouses.
Applying the principle of the “thermal onion”, the
warmest zones with cooking, living and bathrooms are
positioned in the core area (figure 18). The surrounding
rooms serve as a buffer and benefit from their heat loss.
The bathrooms on the upper floor are naturally lit
through zenith light, which gives the rooms the privacy
wanted, with the best light possible.

Figure 15: connection interior construction: sliding doors

The whole building is fitted with wooden window
frames with triple glazing. Large windows on the south
side offer a beautiful view and solar gain, the small ones
on the highly insulated north side reduce the heat loss to
a minimum.

winter
summer

Figure 16: connection interior construction: inbuilt furniture
Figure 18: Ground floor, temperature zones
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The mainly continuous rooms from north to south enable
high solar gains during winter due to the flat sun
radiation angle. (figure 19) This effect is intensified
through the dark stone floors (figure 17) on the ground
floor.

located only in the middle “spine”. This way they can be
as easily opened and maintained just like all the other
technical elements.

Figure 19: Vertical section with solar angles

Heating and warm water in winter is produced by means
of a monovalent geothermally fed electrical heat pump,
for which three holes of 80 m were drilled. Tube
collectors on the roof supply hot water in the summer.
The whole building has a low temperature floor heating.
In the summer for cooling the interior, the heat pump can
refeed heat into the geothermal system.
A suspended wooden stage on the ground floor flanks
the house on the north and the south side. It serves as an
additional living space, protected by the roof overhangs.

Figure 20: Photovoltaic integrated in the roof overhang

Between the two inner Vierendeel ladders, horizontal
ducts for electricity, water, heating and ventilation in the
core zones (11,20m x 1,60m) supply the entire building.
(figure 21) The heating circuit distributors for the upper
storey are positioned underneath its floor in order to
prevent from water damages in the timber construction
in case of malfunction. (figure 22) They are easily
accessible above a suspended ceiling of perforated metal
plates.

3.4.2 Electricity
The design and construction of the photovoltaic elements
(8 KWp) integrated in the large roof overhang on the
south side serve as a shading device in the summer.
Nevertheless the transparent elements offer a view to the
sky and allow for sufficient sunlight to pass through.
Maintenance and future exchange of photovoltaic panels
will be possible without intrusion in the roof
construction (figure 20). On the northern side of the roof
fully transparent glass sheets cover the stage.
3.4.3 General building service installations
All building service installations are combined in
vertical ducts, permanently accessible in the core zones
(kitchen, bathrooms). Especially in the winter the
controlled air condition system helps to minimize heat
losses while regulating the humidity via exhaust air ducts
positioned in the core zones. These pipes are fully visible
and follow the structural logic of the building as they are

Figure 21: horizontal core zone: suspended ceiling
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The building is a modern example for regional
architecture of the alpine area. The choice of material
and colouring lead to a natural acceptance of the
building with its extremely modern structure; all of that
in a region that is characterised by a very high degree of
traditional architecture (figure 23).

5 CONCLUSIONS

Figure 22: horizontal core zone: heating circuit distributor

4 THE BUILDING AS AN
ARCHITECTURAL, ECOLOGICAL
AND SOCIAL REALISATION OF THE
SET TASKS
The building itself as well as the way it was constructed
show respect for nature and ecology. A minimum
intrusion into the surrounding nature was ensured by a
high amount of prefabrication and preassembly.
The adjustment of the building construction for the
implementation through local firms and the realisation
with local materials are an important part of the concept
of sustainability in building.

Figure 23: building aesthetics

This building is considered a contribution to
prefabricated timber architecture, merging construction
and technology rather than solely taking a stylistic
approach. The timber skeleton system with its fillings
can be used for other buildings with all the known
advantages of prefabricated structures.
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RESOURCE EFFICIENCY IN MULTI STOREY WOODEN BUILDINGS
Sirj Var s1, Tarja H

in n2

ABSTRACT: Sustainable use of natural resources is essential in lean construction. Resource efficiency brings
responsibilities’ for all actors in the whole building value chain. In wooden construction sustainable use of natural
resources starts with sustainable forestry, but the design process is responsible for designing resource efficient solutions
which are durable, material and energy efficient and long lasting.
This paper focuses on studying resource consumption and consequent GHG impacts. The results are given for two
wooden prefabricated multi-storey building technologies: for the construction with large elements and for box-modules.
Life cycle based material flow accounting shows that the lightweight nature of wooden structures embodies efficiency
in resource use. However it depends also on building shape, compactness and the type of on designed solutions. When
the intensity of other materials is high enough and the building design is not favourable the final result for the wooden
building can be on the same level with concrete buildings. This study clarifies the understanding about material
efficiency in wooden buildings.
KEYWORDS: Recourse consumption, resource efficiency, wooden construction, multi-storey buildings

1. INTRODUCTION1 2
Resource efficiency can be defined and understood in
different ways. Here we define that resource efficiency
means efficient use of natural materials and nonrenewable energy in order to create products and
services with lesser resources and environmental
impacts.
Construction industry and building sector uses
substantial amount of energy and raw materials. The
EU27 consumed up to 1.800 Million tonnes of
construction materials per annum for new buildings and
refurbishment. The use of wooden material was 24
million tons [1].
The Raw Material Initiative has set out a strategy for the
access of raw materials in the EU; it aims at ensuring fair
and sustainable supply of raw materials from global and
within EU market but also resource efficiency and
supply of “secondary raw materials” through recycling
[2].
Using waste as a secondary raw material saves virgin
materials and thus has an implication to the efficient use
of natural resources.
Long lasting building products have an effect on the
resource efficiency with less need for repair and
replacement.
Production of wooden building products produces
residues, which are utilized as raw-materials in paper
and board industry but also in the energy production [3]
1
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(page 65, F.5.3-4). Utilization of those residues for
energy production and the use of energy for the drying of
timber, decrease the total raw-material consumption
needed for timber production. Using these by-products
outside of the timber industry for the board
manufacturing or energy industry gives benefits for
those industries.

2. PREFABRICATION
Prefabrication means that building structures are made
on off-site factory and transported to the building site for
installation. Various prefabricated structures can be
applied: semi-prefabrication (windows, ceiling, facades),
more
comprehensive
prefabrication
(structural
prefabricated elements like columns, slabs, wall
elements) and wholly completed modular space elements
(modular box).
Prefabricated concrete elements are typical structural
components in present multi-storey buildings. According
to the EU statistic (EU 27, 2006) their production
amount is 108 million kg [4]. Light wooden
prefabricated elements have been much used in detached
and attached houses in Finland; but the use of wooden
prefabricated elements in multi-storey buildings has been
so far marginal. However, the construction of wooden
multi-storey frame buildings has at present a tendency to
grow.
The use of materials with lower quantities in product
design is playing a role in improving the access to raw
materials in Europe [2].
Prefabrication has been seen as a driver for waste
minimization [5]. It has been claimed that better rawmaterial management, waste generation and utilization
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can be achieved within the element manufacture site than
in building site with the help of element prefabrication.

3. METHOD
Life cycle assessment approach (LCA) was used for
resource efficiency and environmental impact
assessment. The method considers building life cycle but
also processes beyond like benefits achieved from
material reuse and recycling [6].
Based on our earlier research [7] we suggest indicating
resource consumption also on the basis of consequent
global impact, greenhouse gas emission (GHG), and this
is also followed here.
Because of the nature of wooden products the GHG
comparison should be used very carefully. Consideration
of carbon sequestration, allocation of impacts to the byproducts, consideration of GHG release from final
disposal or from processes needed for recycling and also
consideration of consequential effects caused from the
use of wood have a significant effect on the result.
This research considers the following life cycle phases:
‘Product stage (A1-A3) and materials used in
construction installation (A5) [6]. Consideration of
carbon sequestration and consequential effects from the
use of the wooden residues for incineration and energy
production was beyond the studied system. However, the
use of wooden residues for the artificial drying of timber
is taken into account in timber production and GHG
assessment.
The data source for resource accounting was design and
construction documents and for GHG assessment the
data was mainly based on VTT ILMARI tool [8].

4. OBJECTIVE AND ASSESSMENT
The objective of this paper is to provide information
about resource efficiency of wooden multi-storey
building construction by studying two different building
design methods; these are construction with wooden
box-modules (WBox) (Figure 1) and with large
prefabricated wooden elements (WE) (Figure 2). The
study is based on two real cases built in Helsinki and
Vantaa. Result for concrete element building (CE) is
based on literature values [9]. Key figures for the
buildings are given in Table 1.

Figure 1: Wooden (CLT) box module ready for

transportation to the building site (Wbox building case)
[10].

Figure 2: Production line for large wooden element and

large exterior wall element (WE building case).

In the case of wooden box element, load bearing
structure was made of cross laminated timber. In the case
of massive panel elements, vertical frame was made of
glued laminated timber and horizontal frame was made
as a composite of concrete and timber. In both cases
substantial amount of concrete was also used in ground
floor. Only main building structures are described below.
However, there were a high number of minor variations.
All of these were considered in the assessment. Varieties
in wooden structures were high especially in the case of
modular CLT box building because of nonstandardization of element types.
ain structures use or the uil ing in the case large
oo en elements
are as ollo s:
Main base floor is made from concrete slab
(200 mm) with EPS insulation (200 mm) and
gravel layer (330 mm)
External wall is made from glued laminated
timber frame (56 x 270 mm k600 mm), wooden
facade, and mineral wool insulation (270 mm).
Double gypsum boards are used in both sides
(total 56 mm). External walls used in ground
floor level are made from concrete element (100
mm concrete + 180mm polyurethane + 200 mm
concrete).
Partition walls are made from glued laminated
timber frame (56 x 180 mm k300 mm), mineral
wool (180 mm) and double gypsum board in
both sides (total 56 mm).
Intermediate floors between ground- and first
floor are made from concrete. Other
intermediate floors are made from (upper)
concrete mortar layer (70 mm), plywood and
glued laminated timber battens with mineral
wool insulation (180 mm).
Concrete piles
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ain structures or the uil ing in the Case mo ular o
elements
o are as ollo s:
Main base floor is made from concrete slab
(200 mm) with mortar layer (80 mm), EPS
insulation (250 mm) and gravel layer (300 mm)
Typical external wall is made from cross
laminated timber (100 3s), façade from wooden
cladding, mineral wool (200 mm) and 2+2+1
layers gypsum boards (total 65 mm). But also
other CLT thicknesses are used in the structures
were needed. External wall in the ground floor
level is made from concrete and wooden
cladding (160 mm concrete + 200 mm glass
wool + wooden cladding).
Partition walls are made from CLT (100 3s) or
from light wooden frame structure with mineral
wool insulation. In ground floor level concrete
partitions (200 mm) are used.
Intermediate floors between ground- and first
floor are made from hollow core slab (265 mm).
Other intermediate floors are made from CLT
(160 5s) and mineral wool insulation (50 mm)
with concrete mortar layer (40 mm) on top.
Intermediate roofs are made from CLT (80 3s)
with glass wool (30 mm) and OSB covering.
Steel piles
ain structures in the Case concrete element uil ing
C are the ollo ing
External wall type is concrete element (150
mm) with mineral wool (210 mm) and
rendering façade
Intermediate floors and roof is made from
hollow core slab (265 mm)
Partition wall is concrete element.
Concrete piles
Table 1: Key figures for the buildings under study.
Structure type
Construction site
Element type

WE
Vantaa
Wooden
element

Floors
Gross floor (m2)
Volume (m3)
Piling metre (m)
Base floor (m2)
Exterior wall (m2)

7
10 124
59 946
6 201*
3 537*
5 435+
1 452*
15 762+
1 028*
13 618+
1 800*
3 206
1515

Partition wall (m2)
Intermediate
floor
(m2)
Roof (m2)
Window/door (m2)

* Concrete structure
** Steel structure

WBox
Helsinki
Wooden
modular
box
7
2 780
8 340
1 016**
435*
1 330+
168*
4 230+
185*
2 212 +
216*
417
452

CE
Concrete
element
7
3 056
8421
649 *
401*
1630*
3464*
2 320*
334*
366

This study identifies the magnitudes of raw-material
consumptions and GHG impacts as parametrical results

and clarifies understanding about the material efficiency
in wooden buildings. The result encompasses also the
building waste generation and utilization as one main
criterion for resource efficiency.

. RESULTS
.1 RESOURCE CONSUMPTION
Material type and use intensity is highly depending on
the design solution and characteristics of building
performance. The structural shape has an effect on the
heating requirements of Nordic climate buildings but
also for resource consumptions. Building shape is most
efficient when it is tending to the cube form. To describe
different building shapes and their geometrical forms
most used and suggested parameter is a compaction
index (Ci) [11]. Compaction index can be calculated for
the whole building but also for every building structure.
For example for external walls the compaction index is
the ratio between the envelope surface of the building
(S) and the volume of the building (V). See the Equation
below:
Cf=S/V
This simple parameter is utilized for describing heat loss
through the building’s walls but it could also be useful
for optimising the use of resources. Small compaction
index implies minimum quantity of the structure under
consideration and thus have also implications to the
smaller building material requirement. This factor is
useful for understanding building geometry connection
to the resource use.
Assessed buildings were designed according to the
Finnish regulations and energy efficiency is taken into
account by designing better performance than minimal.
Even though material resource optimisation is not a
criterion in today’s building requirements and was not
considered and optimized in the design process.
The two wooden buildings assessed in this research
differ in shape, one building being almost square type
(WBox) and the other being rectangular type (WE)
including an atrium courtyard. The WE building is a
unique structure, in this case the ground floor ceiling
forms a base for the first floor, where also the courtyard
located. The third building, used for the comparison, was
made from concrete elements (CE) and its shape is also
close to the square as in the case of WBox. Compactness
indexes for all three buildings (WBox, WE and CE) are
given in Table 2.
Table 2: Compaction in e es or assesse
Structure type
Base floor
Exterior wall
Partition wall
Intermediate floor
Roof (m2)

WE
0.059
0.115
0.272
0.281
0.053

uil ings

WBox
0.052
0.180
0.529
0.291
0.050

CE
0.048
0.180
0.411
0.276
0.040
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Table 3: Resource consumption an per ormance or three
e terior all types

kg gross m2

300

CLT

250

Wooden materials

material intensit

Table 4 Resource consumption an per ormance or three
interme iate all types

150

Insulation

200

Tiles and gravel
Concrete products
Wooden board

100

Gypsum board
Gluelam

50

Steel and steel piles

0
Bo

ilding

Total intensity = 659 kg/gross-m2

kg gross m2

Figure 3:
uil ing

material intensit

When the building compaction indexes are compared for
the base floor structures it could be seen that the WBox
base floor is more compact (0.052) than the WE base
floor (0.059). Best compaction with regard to base floor
shows concrete element building (0.048).
The result shows that most compact building according
almost all building structures (expect exterior wall) is the
concrete element building. The compaction has an
impact on the building resource consumption but also
other parameters like structural solution, fabrication
method and building material type and production waste.
It is shown earlier that material and waste generation
intensity in lightweight wooden structures is less than in
the case of concrete [7]. However, it is not
straightforward because wooden buildings can show less
compact design and may contain other materials and
structures; including heavy concrete which all have an
effect on the final result.
In both wood building cases, were built so that the
ground floor had concrete structures, the final intensity
in the use of both wood and concrete was significantly
different. The total use of wood was 100 kg/gross-m2 in
WE building and 208 kg/gross-m2 in WBox building. On
the other hand, modular box building case contains
concrete-based materials 268 kg/gross-m2 but concrete
use was many times higher in the case of wooden
element building - in total 1298 kg/gross-m2 (Figure 1
and Figure 2). Through the 1 m2 exterior wall example it
can be seen that material intensity and carbon footprint is
respectively 5 times (405/77=5) and 2.5 times
(96/38=2.5) higher in the case of concrete than in the
case of wooden element wall (WE) (Table 3).
Differences between intermediate floor structures (Table
4) are less. In the case of hollow core slab (CE) GHG
emissions are ~8 % higher than in the large wooden
elements (WE).

Bathroom element
windows, doors, stairs
Other products

aterial type intensity in oo en mo ular
o

o

1400

Wooden materials

1200

Gluelam

1000

Insulation

800

Stone materials

600

Concrete products
Gypsum board

400

Steel

200

windows, doors staires

0
ilding

Total intensity = 1785

Figure 4:

Other product

kg/gross-m2

aterial type intensity in oo en element uil ing

The result shows that building with large wooden
elements contained in total 2.7 times more material
resources (1785/659 = 2.7) than modular CLT box
building (Figure 5). In this case the type of design
solution had a strong effect on the wooden frame
building result as explained in the following:
he solution is ase on atrium shape, hea y concrete
structures in the hole groun loor le el, an in
a ition the irst interme iate loor as esigne to e
the ase or the atrium yar
roun loor esign has
ecisi e impact ut also other
interme iate loors
contain concrete ithin oo en composite structure an
also oun ation an concrete piling as ma e rom
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ilding gross m2

kg o

On the basis of our modular box building case (WBox),
concrete structures (despite those needed for basement/
base floor and foundation) increased total material
intensity by ~10% (from 593 kg to 657 kg) (Figure 5).
This growth is shared between partition wall,
intermediate floor, and exterior wall structures (as small
amount of concrete materials is used also in those
structures).

The total waste amount could also be 58 kg/gross-m2
when less pre-cut materials used.

aste rom 64 mod lar L

concrete,
hich all raises the material intensity
su stantially

2000

1785

1800

Windows, doors, other

1400

1127

material intensit kg

1200

Staircase
Roof

1000

600

Steel products
Supporting structures

1600

800

0

593

Partition wall
Exteror wall

200

Base floor

0

Wbox

o ular

Interm. floor

657

400

Wbox,
without
concrete

Figure 6: aste generation y material type in C
o actory in total kg gross-m

CE

WE

Foundation
Piles

Figure 5: aterial intensity or -storey uil ings ma e rom
oo en o mo ular
o
theoretical uil ing ithout
concrete, espite oun ation an asement loor an e ecute
uil ing ith some concrete structures ma e rom large
oo en elements
an concrete element C

.2 WASTE GENERATION
Waste materials are generated in all building
construction stages. Wastes are generated due to over
ordering or cuttings, maintenance and replacement, and
in the end of the building life cycle, the demolition
causes much waste materials.
In this study the waste amount was not measured in the
element factory site but it was assessed theoretically. In
the element prefabrication all cuts made in factory were
not classified as waste, because of the easy use of
material either in this or incoming projects. It is
assumed, in the use of pre-dimensioned timber and sizecut CLT, the waste amount remains rather small. Even
so, this estimation takes into account both quantities:
optimistic (2 – 3%) and high waste generation value (up
to 10%). Those are used for the scaling of resource use.
Modular box building is the techniques which contain
highest degree of prefabrication. CLT Box modules were
pre-fabricated in factory and according to the
assessment, the waste generation is rather small; the
range is 17 – 58 kg /gross-m2. The lower amount doesn’t
contain CLT waste, because only pre-cut CLT panels
have been delivered to the modular box production
factory. It is seemed that from waste type’s gypsum
board waste is highest (Figure 6). The reason is
relatively high use of gypsum boards for fire safety.
Components with high fire resistance can be produced
with multiple layer CLT elements but in modular box
building also additional protective gypsum board
cladding was used.

Table 5 shows building waste during production,
installation and end of life. De-construction material
amount is assumed to be the same as it is in the time of
construction. Waste amounts from construction site
based on collected value from site.
Table 5

aste generation

Building
type

Production
waste

Building site
waste

kg/gross-m2
A

kg/gross-m2
B

51 - 118
17 - 58
42 - 140

54
26

Life cycle
phase [6]
WE
WBox
CE

not known

Deconstruction
materials
kg/gross-m2
C
1785
659
1127

Assessed building material intensities in building
construction would grow by 10-12% because of the
waste, however prefabrication of wooden elements shifts
waste generation from building site to controlled
manufacturing where the utilization is easier. This trend
is also seen as lesser building site waste than production
phase waste (Table 5).
In the case of CLT cuts generated from the window and
door openings, the utilization in energy production
would result in the generation (saving) of 54 000 MJ
energy, which otherwise would have been produced by
using fossil energy. When this amount is utilized in CLT
drying process consequently ~30 tons GHG emissions
could be saved.
Energy recovery from wooden residues, from wastes and
cuts is very beneficial but also wooden structures after
the end of life could be utilized for energy. According to
the EU’s waste hierarchy energy utilization should be the
last change before final disposal but for example in
Finland energy utilization can give benefits in terms of
fossil energy savings.
Both studied pre-fabrication technologies took benefit
from the wooden materials residues (cuts) by using those
for energy production and utilization within the
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production process and this is also seen in smaller GHG
values.
Efficient waste handling and management need to be
planned prior the construction starts and taken into use in
all stages of operations. Used waste sorting types also
make the basis for the appropriate waste utilization.
Assessed construction sites have been recorded wastes
into the next sorted categories: mixed waste, mixed
wood waste, incineration waste, metal waste, concrete
waste.
According to the accounting 10 - 18 kg/gross-m2 of
mixed wooden waste has been collected from
construction site (Figure 7). As this is collected through
mixed fraction it is considered not suitable for material
utilization. However, energy recovery from 18 kg of
wooden waste would result in savings to otherwise used
fossil energy by 200 – 300 MJ. Saving from consequent
GHG is ~22 kg from every built gross-m2.

onstr ction site aste
kg gross m2

20
18

WE

16

Wbox

14
12
10
8
6
4
2
0

Mixed waste Concrete Mixed wood Incineration Metal waste
waste
waste
waste

In the case of the modular box building (WBox) ~50 %
of GHG emissions come from CLT Box-elements and
30% from concrete (Table 6).
In the case of the large wooden element building (WE)
50% GHG come from the concrete structures (Table 7)
and in the case of concrete element building almost all
structures based on concrete and obviously GHG amount
related to those.
Table 6:

External wall
Partition wall
Floor
Roof
Building roof
Other wooden
materials
Steel products
Rubber strips
Base floor
Windows,
doors
Steel piles
Foundation
TOTAL

or mo ular o

uil ing structures

Modular Concrete
Other
structure structure
GHG kg / gross-m2
21
6
29
13
27*
15
7
2

32

4

7
59
32 %

103
51 %

o .
Total
27
42
27
15
7
5

7
2

7
2
32
4

14

14
7
187
100 %

25
17 %

* structure contain also concrete layer on the top (40 mm)
Figure 7: aste generation y type collecte rom large
oo en element
an mo ular C
o
o
construction sites

Table 7:
.

.3 GHG EMISSIONS
The assessment results of GHG emissions show the same
trend with regard to the resource use. In the case of large
wooden element building with extensive use of concrete
and because of the type of design solution, also GHG
emissions are higher than in the case of concrete element
building (Figure 8). The case modular CLT box building
had the smallest GHG emissions because of material use.

450

gross m2

400
350
300
250

kg

200

394

150
100

317

Wbox

TOTAL

oo en element uil ing structure

Wooden and
Concrete
other
structure
structure
GHG kg/ gross-m2
20
21
28
8
118*
44
21
2

8

197
50%

4
67
23
30
197
50%

Total

42
36
1 62
21
2
4
67
8
23
30
394
100%

*structure contain also concrete layer on the top (70 mm)

187

50
0

External wall
Partition wall
Intermediate
floor
Building roof
Stairs
Concrete
columns
Base floor
Windows,
doors
Concrete piles
Foundation

or large

WE

CE

Figure 8:
emissions rom materials use in mo ular C
o uil ing
o , large oo en element uil ing
an
concrete element uil ing C

. DISCUSSION

CONCLUSIONS

This study discusses about the meaning of building
design solution (compactness), identifies the magnitudes
of raw-material consumptions, points out the material
waste generation and shows the building GHG impacts.
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Result is calculated for three 7-storey residential
buildings: these are construction with large prefabricated
wooden elements (WE), construction with wooden boxmodules (WBox) and construction with concrete
elements (CE). Both wooden buildings that were under
consideration contain also concrete structures; WE has a
concrete garage while the WBox has a storage floor
made of concrete.
In assessed design solutions the building shape for
concrete element building (CE) and wooden modular
box building (WBox) was tending to the square and
building with large wooden elements to the rectangular
shape. According to compaction indexes best shape
solution shows concrete element building.
On the basis of the results, CLT structure used in
exterior walls consumes almost twice as much material
resource than the wall structure with large wooden
elements. Different shapes and structural solutions for
the wooden frame buildings cause different wood use
intensity.
Big difference between CLT structure and concrete
panel was observed in weight. Concrete element
consumes almost 3 times more resources and causes 2
times more GHGs.
Compaction indexes for wooden building exterior walls
are very different. Building with large wooden elements
has more compact exterior wall structure than other
wooden building but shows higher resource consumption
and GHG emissions as higher amount of concrete
element is used.
The result shows that resource consumption in 7-storey
wooden CLT-based building is less than 600 kg/gross-m2
when concrete structures are used mainly for foundations
and basement / base floor.
When the design solution was based on high amount of
heavy concrete in addition to wood, the resource
intensity for wooden frame building was unfavourable
and even higher than in concrete element building.
The main material type in modular box production was
CLT, which also causes the main share of emissions.
Off-site element production generates a small amount of
waste from which substantial part is utilized in energy or
material production.
According to this study building material intensities in
building construction would grow because of the waste
generation by 10-12% with less prefabrication and
utilization in factory. Prefabrication of wooden elements
shifts waste generation from building site to controlled
manufacturing process where the utilization is easier.
Easiness of material utilization depends on material
purity level. All wooden material cuts generated in
element factory site cannot be classified as waste.
Those cuts could be sorted and used for next element
within factory but smaller parts could be utilized for
energy needed in factory site. Both studied prefabrication technologies took benefit from the wooden
materials residues (cuts) by using those for energy
production and utilization within the production process
and this is also seen in smaller GHG values. However, it
is notable that relatively high amount of waste is
generated from gypsum board which not suited for
energy recovery.

The use of wood in residential multi-storey is still quite
low in Finland. Because of non-standardization of box
types (space elements) the number of different variants
of boxes can be extremely high. Less variation would
probably potentially save the use of resources.
When the GHG is the indicator for resource efficiency it
is important for material producers to improve their
production processes in a way that enables to use wastes
or secondary resources. This must take place carefully
considering any possible effects on service life.
In the end of the wooden building life some of the
structures and materials might be utilized for less
demanding products or energy. Material utilization
depends highly on the designed solution and
construction technology. Moving towards industrialized
processes and pre-fabrication of building structures
enables also design for dismantling with better
possibilities for utilization.
In summary, designers have an important role from the
view point of resource efficiency. The material intensity
can vary a lot depending on the type of the design
solution, length of service life, and also on the easiness
of dismantling and secondary use of structures after the
building life.
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Wood in sustainable construction – a research and practice
Atsushi Takano
ABSTRACT: This study discussed how wood in construction can be further developed to enhance the sustainability of
buildings through investigating the relationship between frame material selection and the environmental and economic
performances of a building in a Finnish context. The results highlighted the importance of selecting building materials
from several aspects based upon the purpose and properties of the materials, namely “the right material in the right
place”. Especially, since wood has more diverse properties than other common building materials, it would be important
to consider a specific approach and use for wood in construction. It was demonstrated by a practical case study that
wood products seem to have the possibility to contribute to the the environment more positively with more use, by
optimising the weaknesses and maximising the strengths.
KEYWORDS: Life cycle assessment, Sustainability, Material, Wood construction, Practical implementation

1 INTRODUCTION 123
Development of the building sector provides substantial
benefits to society. However, on the other hand, the
sector significantly contributes to Humankind’s
environmental footprint. Globally, for instance, buildings
account for more than 40% of total primary energy
consumption and a third of total greenhouse gas (GHG)
emissions [1-3]. In addition, the building sector normally
accounts for 10-40% of Gross Domestic Product (GDP)
[1,2]. The environmental development of buildings,
therefore, has significant potential to stimulate both
economic and social development. In short, improving
the environmental profile of buildings has an important
role to play in terms of the sustainable development of
our society.
In this context, there has been considerable effort over
the past few decades to investigate energy use and
environmental impacts of buildings. During their life
cycle, buildings need energy for their construction,
maintenance and disposal (embodied energy) as well as
their functioning (operational energy). Because of its
dominance in the overall life cycle energy use, most
attention has thus far been focused on the operational
energy. In effort to reduce the life cycle energy
consumption and impacts of buildings, practical
solutions for low energy buildings (e.g. a high level
thermal insulation and air tightness of building
envelopes) have been intensively developed, and
operational energy demand and associated impacts have
been successfully mitigated. As a results of such efforts,
1
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the relative importance of the embodied energy is
nowadays increasing. It was reported that the share of
embodied energy in the life cycle energy use (service life
of 50 years) accounts for up to 46% in the case of low
energy building [4]. Furthermore, it has been noted that
embodied carbon emission could account for up to 68%
of 60 year life cycle emission [5]. Therefore, a life cycle
perspective is nowadays becoming more important for
comprehensive building analysis.
With this background, a selection of building materials
has great importance for the development of sustainable
construction since a building is a complex system
consisting of many different products. Several
researchers have studied the relationship between the
building materials selection and the resulting impacts.
Thormark [6], for instance, observed how material
selection affects both embodied energy and recycling
potential in an energy efficient apartment block in
Sweden. She noted that embodied energy could be
decreased by approximately 17% or increased by about
6% through implementing a simple material change.
Dodoo et al. [7] studied the effect of thermal mass on the
space heating energy demand and life cycle energy
balances of a building. They found that concrete frame
building, which has higher thermal mass, had a slightly
lower space heating energy demand (0.5-2.4%) than the
wooden framed alternative. Jokisalo and Kurnitski [8]
found a similar result based on the computer simulation
that the space heating energy savings benefits of thermal
mass to be about 0.7-2.0% for buildings in the Nordic
climate. These studies highlight the importance of life
cycle approach toward building and its components.
Against this background, wood-based building products
have lately been paid considerable attention as a
promising construction material due to their unique
environmental properties (e.g. renewability, carbon
storage, energy content). It is well known that wood is,
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in general, an environmental friendly material. However,
little work has been conducted on how, specifically,
wood in construction can be further developed from a
life cycle perspective to enhance the sustainability of
buildings.

conditions as comparable as possible between the
alternatives and, as a consequence, 3) to generalize the
results as much as possible.

2 OBJECTIVE
The main objective of this study was 1) to demonstrate
how the structural frame material selection affects the
environmental and economic indicators in the material
production phase and 2) to observe how the selection
affects the life cycle energy balance of a building using
life cycle assessment (LCA) method [9, 10], in a Finnish
context. The aim was to describe the general relationship
between the building materials used and life cycle
environmental profile of the building in a relative
manner from several aspects in order to improve
sustainability in building design from material
perspective. Based on the assessment results, the optimal
use and development of wood products in sustainable
construction is discussed in comparison to other
common building materials. Furthermore, the practical
application of the points discussed is introduced in a
design of detached house constructed in Japan.

3 METHODS
3.1 REFERENCE BUILDING MODEL
A two story hypothetical building model was used as the
case study. Figure 1 shows the basic plan and section of
the building model with an indication of the building
elements (e.g. exterior wall, intermediate floor), whilst
table 1 displays the area of each building element used in
the calculation. Net heated floor area was used as the
functional unit in this case study. The interior partition
wall (non-structural) was excluded from the model since
its layout highly depends upon the case. Therefore, the
interior space of the building model is simply defined as
a continuous space surrounded by building envelopes exterior wall, floor and roof. The embodied energy
associated with building service equipment and furniture
was excluded from the calculation because they are out
of the scope of this study.
The hypothetical building model was assumed to be
located in Helsinki (60°N, 25°E). The dimensions of the
model were scaled to those of a detached house. In
accordance with Finnish building code G1 [11], the
window area was assumed to be 10% of the net room
area. Window orientation was set towards north and
south only, as the model was assumed to be located in
dense urban area. The dimensions and window area of
the model would have a certain influence on the
assessment results, however, they were held constant for
the purposes of this study. The model was assumed to be
of lowest fire protection class (P3) according to Finnish
building code [12] and thus would not require structural
fire protection.
The reasons for using a simple hypothetical model were
1) to observe the general relationship between building
material selection and the life cycle primary energy
balance of a building, 2) to make the assessment

Figure 1: Reference building – two story hypothetical building
model located in Helsinki
Table 1: Floor area of the building model and surface area of
each building element

Area (m2)
Gross floor area
Net heated floor area
Foundation + Ground floor slab
Exterior wall
Intermediate floor
Roof
Window / Door
Staircase

120
96
48
186
52
60
10
included in the floor

3.2 BUILDING MATERIALS COMPARED
Six structural frame materials: light weight timber panel
(LWT), cross laminated timber (CLT), reinforced
concrete panel (RC), autoclaved aerated concrete
(Aircrete), brick (Brick) and steel light gauge steel
(Steel) were compared using the reference building
model. The typical compositions of each building
element were selected from literatures [13, 14]. In order
to observe the differences arising from the choice of the
frame materials, other building components (e.g. thermal
insulation and finishing) were set to be as constant as
possible. Regardless of the frame materials, each
building element had the same functional specifications
(e.g. U-value; Exterior wall and floor = 0.16W/m2K,
Roof = 0.09 W/m2K) in accordance with Finnish
building codes D3, E1 and G1 [11, 12, 15]. Detailed
information regarding the materials compared is found in
[16].
3.3 ASSESSMENT AT EACH STAGE OF THE
BUILDING LIFE CYCLE
The assessment was carried out with the ecoinvent
database [17] and Finnish literatures [13, 18]. The final
operational energy demand was simulated with IDA ICE
[20]. The life cycle stages studied are named based on
the modularity principle of a building life cycle as shown
in figure 2 [20]. Detailed information about the
assessment in each life cycle stage is described in the
following sections.
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Potential benefits and
loads
D

Reuse Recovery Recycling potential

Figure 2: Life cycle modules for building LCAs according to EN 15978

3.3.1 Production stage (module A1-3)
In the material production stage, six indicators; resource
use (RU), primary energy consumption (PE), energy
content (EC), greenhouse gas emissions (GHG), carbon
storage (CS) and material cost (Cost) were assessed. RU
represents the mass of the renewable (RU-R) and nonrenewable (RU-NR) resources used as the raw material
forming the building components. PE represents primary
energy consumed in the production phase of the building,
from raw material extraction to completion of a product
ready for delivery at the factory gate. Primary energy
originating from renewable (PE-R) and non-renewable
resources (PE-NR) were presented separately. EC
describes the energy content of products used in the
building as the energy recovery potential of the building
[21]. GHG represents, in this case, only the emission
from fossil fuel combustion for the production phase
regarding the emission from biogenic fuel combustion to
be zero based on the idea of biogenic carbon neutrality
[21]. In this logic, carbon storage in wood products may
be a virtual value. However, since it would be a clear
benefit to store carbon in a product that delays the
emission of CO2 for a certain period at least, the
temporal carbon storage (CS) in wood products used is
counted as an environmental benefit of the building. The
CML 2001 method: global warming potential 100 years
[22], was used to quantify GHG emissions with the LCI
data in ecoinvent. Cost, which is one of the main criteria
for material choice in practice, was counted based on
data in references 13 and 18. The consistency of these
two information sources was confirmed by comparing
the price of same products. The calculations were carried
out by multiplying the unit values, which are the values
derived from one square meter of the building elements
(MJ-, kg-, kgCo2e-, €/m2) by the surface area of each
building element (m2, shown in table1).
3.3.2 Operation stage (module B)
The assessment of the operation stage is normally
divided into two categories; primary energy consumed in
the maintenance/refurbishment of a building (module
B2-5) and operational primary energy demand for a
building service life (module B6). In this study, only

operational energy for 50 year service life of the building
model was assessed since the maintenance energy does
not vary significantly between the structural frame
alternatives in the service life assumed [16]. The
operational primary energy consumption was calculated
based on the operational final energy simulated with
IDA ICE and an average energy mix in Finland [17, 23].
The operational primary energy was calculated for space
heating, ventilation, household electricity and domestic
hot water heating. The simulation used the Finnish test
reference year weather file (TRY2012) for Helsinki [24].
It was assumed that space heating was supplied by a
district heating system and the mechanical ventilation
system had 60% heat recovery efficiency. The air
tightness of the building envelope was set as the air
change rate at 50Pa: n50, 2/h, based on the Finnish
building code [15]. Detailed information regarding the
conditions of the simulation is found in reference 16.
The properties (e.g. density, thermal conductivity) of the
materials studied were referred from ISO/FDIS 10456
[24]. In this paper, space heating energy was mainly
discussed since other energy uses were set to a constant
value irrespective of the frame material selection. Space
cooling energy was also excluded from the study
because it is normally minor in the Nordic climate.
3.3.3 End of life stage (module C)
At the end of life (EoL) stage, it was assumed that the
buildings were demolished by selective dismantling and
the building components were managed according to the
scenarios listed in table 2. The scenarios were made
based on the literature [26, 27]. The primary energy
consumed during the EoL stage - deconstruction,
transportation, waste processing for reuse or recycling
and disposal - was assessed up to where the end-of-waste
state of the materials is reached [20].
3.3.4 Net primary energy benefit (module D)
The net energy benefit of the recycled materials was
calculated as the primary energy use avoided through
substitution of primary production with the materials
recycled (table 2), according to the standard [20]. Here
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Table 2: End of life and recycling scenarios of the materials

Material

Secondary
application
Fuel

Substitution

Wood

EoL
scenario
Recycle

Concrete

Recycle

Aggregate

Gravel

Steel

Recycle

Steel

Brick /
Ceramic
Plastic

Recycle

Aggregate

Ore-based
steel
Gravel

Recycle

Fuel

Coal

Bitumen

Landfill

-

-

Fibre cement

Recycle

Aggregate

Gravel

Gypsum /
Plaster
Mineral

Recycle
Landfill

Gypsum
powder
-

Gypsum
(Stucco)
-

Stone

Recycle

Aggregate

Gravel

Coal

the aim was to describe the possible energy benefit of
each building material after its service life, based on
current recycling methods. The concrete, brick, ceramic,
fibre cement and stone were assumed to be crushed to
form aggregate, which replaces gravel in road
construction. The steel was assumed to be recycled into
feedstock, which replaces ore-based steel for the
production of new steel products. Gypsum board was
assumed to be crushed into gypsum powder, replacing
the primary gypsum. The secondary fuel (recycled wood
and plastic materials) was assumed to replace coal in a
power plant based on the energy content calculated in
the production phase. 90% of each material was assumed
to be recycled, whilst the remaining 10% was lost during
the recycling, except mineral and bituminous wastes,
which were assumed to be fully landfilled.
3.4 ANALYSIS TECHNIQUE
In the assessment of the environmental and economic

indicators in the production phase, the differences
between the frame materials were quantified relative to
an average of all the alternatives. In this study, this is
termed the “difference index (DI)”. A DI of 3 means that
the result is three times as large as the average, a DI of 2
twice as large and 1 is the same as the average. When the
DI is a decimal, for instance 0.5, the result is half that of
the average. A DI of 0 indicates that the frame material
does not have any value in that indicator. This method
can indicate a relative relationship between the six
alternative frame materials and facilitates a comparison
as an index.

4 RESULTS AND DISCUSSION
4.1 EFFECTS ON THE INDICATORS
Figure 3 shows the assessment results of the reference
building in the production stage with the six alternative
frame materials for the eight indicators as the difference
index (DI). As a whole, it can be noted that there is wide
variation in the results. The order of magnitude between
the frame materials varies depending on the indicators.
In this sense, the importance of diverse perspective to
building materials is highlighted. For instance, the CLT
frame is the worst option in terms of RU-R, PE (both -R
and -NR) and the second worst option in terms of cost.
However, on the other hand, it has the largest EC and CS.
This would mean that the CLT frame may be an
economically and environmentally expensive option at
the beginning, but it may be the most beneficial option in
the end, depending on the EoL scenario of the product.
The LWT seems to be a well-balanced option that shows
the lowest values for RU-NR, PE-NR, GHG and cost,
and also contains an appropriate amount of EC and CS.
The differences between the other alternative materials
(RC, Aircrete, Brick and Steel) are relatively minor in
every indicator except RU-NR, in which RC and Brick
show values about two to three times greater than the
others. In this sense, the interpretation of the results for
the wooden frame materials (LWT and CLT) seems to
be rather important. Especially the CLT frame has clear

Figure 3: Difference index of the reference building with the six frame materials on the indicators
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advantages and disadvantages, as described above.
Understanding such materials’ characteristics would
certainly affect decision-making in planning and design.
In addition, it should also be noted that variation in the
material cost between the alternatives is minor compared
to the other indicators. This is the same trend as the
findings of Yasantha Abeysundara et al. [28]. In short,
this trend indicates that environmental parameters should
be considered more than economic factors in decisionmaking, since economic factors did not vary
significantly between the alternative building materials
considered.
4.2

EFFECTS ON THE LIFE CYCLE ENERGY
BALANCE

Figure 4 displays an overview of the life cycle primary
energy balance of the reference building with the six
structural frame materials. In this figure, module B6
shows only space heating energy use in order to clarify
the influence of the material selection. Both renewable
and non-renewable primary energy (PE-R and PE-NR,
respectively) consumptions and benefits are described
according to the life cycle stages studied. The black
dotted line in the figure indicates the life cycle energy
balance defined as the primary energy consumptions
(modules A1-3, B6 and C) minus the net primary energy
benefit (module D). As a whole, the result is comparable
to the trend reported by previous studies [5, 29, 30] as
the case of conventional (not energy efficient) buildings.
As discussed in the previous section, it is again
demonstrated that CLT is the largest energy consumer,
which mainly originates in module A1-3, although it also
has the largest energy benefit from recycling of the
building materials at the EoL stage. LWT seems to be
the best option, having the lowest energy consumption
and relatively higher energy recovery potential. On the
basis of the life cycle energy balance, however, LWT

and CLT are more or less the same.
The largest variation between the materials can be seen
in module C, but the difference is more visible in module
A1-3 due to its dominance in life cycle energy
consumption. The values in module C seems to be higher
in the heavy-weight structures (RC, Aircrete and Brick)
than in the light-weight structures (LWT, CLT and Steel).
In module B6, the heavy-weight structures show slightly
lower space heating energy demand than the light-weight
structures. In addition, CLT shows a slightly lower
demand than the even lighter structures - LWT and Steel.
This can be understood as the energy saving benefit due
to thermal mass effect of the structural frame materials.
The energy savings benefit of the heavy-weight
structures in relation to the case of the highest space
heating demand (steel frame) is 1.1-2.0%. These results
are consistent with previous studies [7, 8]. Although the
thermal mass effect seems to be minor in the life cycle
energy use, the interaction between space heating energy
demand and building materials can be considered from
other aspects as well. For instance, in general, people
feel “warmth” with wooden interior surface thanks to its
haptic and visual impressions [31]. In addition, indoor
exposed massive wood, like CLT, gives the moisture
buffering effect that passively mediates the indoor
climate resulting in a reduction of space heating energy
consumption [32, 33]. With these effects of wood, the
occupant may feel warmer than an actual room
temperature and the setting of indoor temperature may
be lower.
A large difference can also be found in module D,
especially between the wooden frames (LWT and CLT)
and the others. The recycling of wood products as a
secondary fuel and steel as a feedstock is influential in
this case. As noted in previous studies [6, 7], the
recycling aspect is significant in terms of reducing the
life cycle energy use in buildings. Although this study

Figure 4: Life cycle primary energy balance of the reference building with the six structural frame materials
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only dealt with one recycling scenario, the influence of
other scenarios on the life cycle energy balance is an
important topic that should be investigated further. For
instance, the reuse of wood products as secondary
products will lead different benefits.
4.3 WOOD IN SUSTAINABLE CONSTRUCTION
Based on the results discussed in previous sections, as
for developing wood in sustainable construction,
generally speaking, wood products may have the
possibility to contribute to the environment more
positively with more use, by optimizing the impacts (e.g.
PE and GHG) and maximizing the benefits (EC and CS).
For instance, in the case of massive timber structure like
CLT, the simplification of a building element could be a
possible means. After modernization (in 20th century),
buildings became more complex by increasing the
number of layers in the envelope in response to the
functions required. However, CLT, as an advanced
massive timber structure which can fully exploit the
physical properties of wood (e.g. low thermal
conductivity, thermal/moisture buffering property, fire
retardancy), may have the possibility to again simplify
and rationalize the composition of a building by
incorporating several functions. CLT may alone be able
to form the exterior wall, for instance, if its properties
could be developed so as to comply with building
regulations (e.g. fire regulation, thermal performance).
This sort of product development would enhance the
environmental and economic sustainability of wood
construction.

5 PRACTICAL APPLICATION
The idea discussed in previous section was somewhat
applied in the design of detached house constructed in
Kagoshima, Japan (Figs. 5 and 6). This house has a
hybrid wooden frame system consisting of the massive
timber exterior wall (glulam panel, t=105mm) and post
and beam (P&B) inner frame (Fig. 7). This massive
timber wall bears all horizontal load applied to the
building due to earthquake and typhoon, bringing in,
very simply put, two times stronger structure than P&B
frame. As consequence, the interior space could become
flexible for possible future changes in room arrangement
thanks to the absence of load-bearing wall inside.
Furthermore, the massive timber wall works not only as
the load-bearing frame, but also thermal insulation,
interior cladding and airtight layer (Fig. 8). This
multifunctionality makes best use of the inherent
properties of wood and simplifies the building
composition. As a result, robust building structure that
would facilitate the construction, deconstruction as well
as maintenance works could be realized with reasonable
construction cost comparable to an ordinary P&B
structure. Although the massive timber wall would be
inferior to a standard timber framed exterior wall in
terms of numerical thermal performance (e.g. U value),
here dynamic thermal/moisture buffering, thermal mass
and visual/haptic/olfactory effects of massive timber are
expected to maintain the indoor climate in an appropriate
manner.

Figure 5: Interior view of the detached house in Kagoshima

Figure 6: The construction process of the wooden frame

Figure 7: Composition of the wooden frame
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panel) was solely used as a multifunctional material, this
example shows a possibility of the product development
discussed in section 4.3.

6 CONCLUSIONS

Figure 8: Composition of the exterior wall with ordinary P&B
frame and Massive timber frame

Figure 9 shows the assessment results of the house in the
production stage with the hybrid wooden frame or an
ordinary P&B frame for the primary energy and carbon
balance. In both indicators, thanks to an increase in the
use of wood in contrast with a reduction in fossil based
materials, the hybrid frame shows higher environmental
benefits (energy content and carbon storage) than P&B,
whilst they are more or less the same in terms of the
impacts (energy consumption and GHG emission). As
shown in sections 4.1 and 4.2, light weight timber
(LWT) frame, like P&B, tends to be the best option
among the other frame alternatives in terms of the
energy and carbon balance. However, the hybrid wooden
frame combining massive timber and P&B frames has
shown to be even better as a result of substituting nonrenewable materials (e.g. gypsum board as an interior
finishing, glass wool as an insulation, plastic sheet as a
vapour barrier) used in the exterior wall with mass of
wood. In this case, although massive timber (glulam

This study has demonstrated the relationship between
frame material selection and the sustainability of a
building based on current building codes and common
building service systems in Finland. The influences of
the selection were investigated in the production phase
for the environmental and economic indicators as well as
on the life cycle energy balance using a hypothetical
building model on a relative basis. The results
highlighted the importance of selecting building
materials from several aspects based on the purpose and
properties of the materials, namely “the right material in
the right place”. Especially, since wood has more diverse
properties than other common building materials such as
concrete and steel, it would be important to consider a
specific approach and use for wood in construction based
upon the proper understanding of its characteristics.
There are, of course, both strengths and weaknesses in
the use of wood depending on aspects. In particular, a
massive timber structure, like CLT framed building, has
certain weaknesses (e.g. high embodied energy).
However, on the other hand, it has also clear strengths
(e.g. energy content and carbon storage) that would have
potential for contributing to the environment in a
different manner. Wood products may have the
possibility to contribute to the the environment more
positively with more use, by optimising the weaknesses
and maximising the strengths. This would be a paradigm
shift from the current approach to the sustainability. In
this sense, the multifunctionalization of a wooden
building components could be a possible means for
sustainable construction based on a simpler and robust
structure as practiced, for instance, in traditional
buildings.
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MODULE FOR SCHOOL BUILDING RENOVATION IN SWEDEN
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1 INTRODUCTION 123
1.1 RENNOVATION OF THE EXISTING
BUILDING STOCK
Today it is widely recognized that the construction
industry must play a key role in the rational use of
resources and the realization of a more sustainable
society [1]. On a global scale, the construction industry
accounts for about 50% of the manmade greenhouse gas
emissions and about 40% of the resource consumption
[2]. In order to cope with the global environmental
issues, it is crucial for the construction industry to
promote more efficient resource and energy use for
buildings and infrastructures.
Concerning buildings and energy use, there are two
major options to reduce the energy consumptions. One is
to construct new buildings with high energy performance
and the other is to renovate the existing building stock to
the higher energy performance. Figure 1 shows the age
distribution of the Swedish housing stock as of 2008 [3].
It can be clearly seen that the majority of the building
stock consists of buildings built before 1990.
Furthermore, over 90% of the existing building stock in
Europe has yet to be affected by national energy
performance requirements [4]. In order to make a
fundamental impact, the renovation of the existing
building stock is crucial.
However, there are major difficulties concerning the
renovation of existing buildings. Because most of the
existing buildings have different designs and
surrounding environments, the strategies of renovation
vary from one building to another. This makes it more
challenging to develop standardized solutions that can
both be applied to different building typologies and
make the renovation projects cost-competitive against
new construction projects with the same size,
functionality, and energy performance.
Among the various ownership types of existing buildings
in Europe, the public owned buildings have been more
1
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strongly recommended for renovation. The European
Commission stated; “renovation of public buildings Public bodies should take the lead in bringing their
buildings up to high energy performance levels. In order
to achieve this result it would be appropriate for public
authorities at least to double the current renovation rate.
The Commission will therefore present a legal
instrument under whose provisions public authorities
will be required to refurbish at least 3% of their
buildings (by floor area) each year – about twice the
currently prevailing rate for the European building
stock.…” [5].

Figure 1: Age distribution of the Swedish housing stock as of
2008

1.2 RENNOVATION OF SCHOOL BUILDINGS
Among the European building stock, school buildings
are of importance in terms of renovation for the
following reasons.
1.
2.
3.

The existing school buildings often have a low
energy efficiency.
There are school buildings whose indoor
environmental quality is not satisfactory.
The school buildings can offer great learning
opportunities for pupils about sustainable
buildings.

Most of European school buildings were built between
1950 and 1980, which implies that the energy
performance and the indoor environmental quality may
not comply with the latest standards, in most of the
cases. In addition, one third of the entire EU population
spend their days in school buildings. Furthermore, a lot
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of municipalities have increasing numbers of pupils due
to increasing population growth in city areas. The lack of
space for building new schools in urban areas is also an
issue to consider. What is urgently needed is for the old
public school building stock to be quickly renovated to
highest energy, ecological, indoor quality, to contribute
to reducing the climate impact of the building industry as
well as providing improved health and learning
conditions for a large proportion of the European
population.
One of the most important considerations of school
building renovation and project planning is that the
construction work should interfere as little as possible
with the study activities of the users. Traditionally
renovations usually require the pupils and teacher to
move out for a certain period of time, which may have
negative impacts on the school’s financing and the
educational activities, however, if school renovation can
be carried out quickly it can allow for most of the work
to be completed over the school vacation period. Here
lies the advantage of applying prefabricated modules to
shorten the refurbishment period. Furthermore, wood is a
highly suitable material because of its relatively low
weight and flexibility, allowing for the integration of
different functions into a modular building façade.
Figure 2 shows a production of such a prefabricated
wooden retrofit module. Figure 3 show an example case
of a school renovation with such a module.

Figure 2: The prefabrication of a wooden retrofit module for a
school renovation project (photo source:[6])

1.3 RENEW SCHOOL PROJECT
The Renew School project [6] aims to motivate and give
municipalities, school owners, companies as well as
users appropriate tools and solutions for renovating
existing school buildings to NZEB (nearly zero energy
building) standards. The mission of the project is to
significantly reduce energy use in schools, create
comfortable and healthy conditions for the pupils and
teachers by using prefabricated timber systems as the
core of the renovation process and through the
implementation of energy saving technologies that
reduce CO2 emissions.
To achieve this the project focuses on three main areas:
1.

2.

3.

Improvement of the building’s envelope by
coating it with insulated prefabricated timber
modules with integrated windows, solar shading
and ventilation ductwork.
Improvement of the indoor environmental
quality (IEQ) through the use of effective
ventilation, passive cooling and daylighting
systems/techniques.
Improvement of the on-site energy gains by
using active renewable energy sources.

These focus points will be transferred to a wide
European market addressing the needs of school
stakeholders through; workshops with industry
stakeholders for renovation method knowledge
exchange, initiating trainings for SMEs, educating
school users and owners through awareness projects and
through the project website. Figure 4 shows a technical
workshop (March 2015 in Ljubljana) with local
stakeholders.
The focus on prefabricated timber solutions, is due to
their potential and capacity to enable short construction
times thereby mitigating the negative impact of
renovations on school activities, traffic, dust and noise
levels. Integrated prefabricated timber facade systems
also allow good access to installations from the outside
which makes repair and maintenance easier.
The Renew School Project is promoting and intends to
increase high-energy performance and prefabricated
timber-based renovation of school buildings in Europe.

Figure 2: The installation of a prefabricated wooden retrofit
module in a school renovation project (photo source:[6])
Figure 3: Technical workshop in Ljubljana coordinated by the
Renew School Project (photo source:[6]).
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1.4 CURRENT STATUS OF SWEDISH SCHOOL
RENNOVATION
Currently there is a limited amount of information
existing in the literature regarding school renovations in
Sweden. To provide a local snapshot of the current
situation in Sweden, data from the Swedish tax authority
and land survey for the Gothenburg municipality has
been analysed. Table 1 shows the sum of the heated floor
area (Atemp) of school buildings clustered to different
depth of renovations (large, medium and small
renovations) and the number of existing schools which
have gone through these renovations.
Table 2: Floor Area and number of school buildings renovated
in Gothenburg, Sweden, since 1980.

Renovation type
Large renovation
Medium renovation
Small renovation
(blank)
Grand Total

Sum of Atemp
1200
6674
90454
432401
530729

Sum of existing
schools
1
2
4
65
72

Attempts to find information regarding the state of
school renovations and in particular a renovation that
used prefabrication and/or wood proved to be difficult.
Over the course of 4 months over 80 Swedish
stakeholders were contacted in order to find an
appropriate ‘frontrunner’ school building in Sweden; a
school
that
had
been
renovated,
using
prefabrication/wood, had 20% on-site renewable energy
production, reduced its energy consumption by 66%, and
had good indoor air quality. The stakeholders contacted
ranged from builders, school owners (municipality
representatives), architecture and engineering firms,
researchers, wood industry organizations and more. The
search resulted in no new schools or renovated schools
meeting all the criteria, and provided anecdotal evidence
that renovations using wood prefabricated elements in
Sweden are very rare and/or non-existent. It is assumed
that many factors play a role in, this such as the Swedish
moisture risk building regulations, Swedish climatic
factors as well as cost implications and differences
between new buildings and renovations. Being that the
wood industry is a major part of the Swedish economy, it
seems logical that if these issues are addressed and
understood more holistically there is a market
opportunity to develop and promote the use of wood
prefabricated facades as a viable option for future
renovations in Sweden, and in turn contribute to
lowering the climate impact of the Swedish building
stock.
1.5 GOAL OF THE STUDY
The hypothesis of this study is that the major reason for
the Swedish construction companies and school owners
not to use prefabricated wooden modules as a renovation
technique is the national building regulation regarding
moisture safety. Thus, the goal of the present study is to
investigate the adequacy of the hygrothermal property of

standard prefabricated wooden wall assemblies under the
Swedish climatic and regulatory conditions and
understand what parameters must be considered when
designing a prefabricated wooden façade element for this
purpose.

2 SWEDISH BUILDING REGULATION
The regulations regarding the construction sector in
Sweden are defined by Boverket's Building Regulations
(BBR). As of September 2015, the 22nd edition (BBR22
[7]) is the latest version. In the BBR22, the moisture
safety regulation is given as follows; “if the material
moisture level for a material is not well-researched and
documented, a relative humidity (RH) of 75% shall be
used as the critical moisture level.” Regarding external
walls, the protection layers against rain and the
ventilated air gap may be an exception for this criterion.
The following moisture sources are supposed to be
assessed in the building design: precipitation, air
humidity (outdoors and indoors), water in the soil and on
the ground, construction moisture, water from
installation and moisture associated with cleaning. The
detailed description of the BBR (article 6.51, 6.52 and
6.53 from the latest English translation of BBR19 [7]) is
shown in Appendix.

3 METHODOLOGY
3.1 DEVELOPMENT OF PREFABRICATED
RENOVATION MODULES
There have been advancements in the retrofitting
technology for apartment buildings with prefabricated
façade modules for buildings with different sizes and
functions [8]. Retrofitting façade modules are often
designed to include multiple functions. The structural
stability is the most fundamental function because the
module itself needs to resist against its own weight and
other external forces under the use conditions. When a
refurbishment has a major focus on improving the
energy performance of the building, the thermal
resistance of the unit may be another important focus of
the module design. Depending on the functionality of the
building after the refurbishment, daylighting and
building technology installation are also other functions
that can be implemented in the module. As the
retrofitting module adds weight to the existing
constructions, light weight construction is normally used.
The modules are standardized industrial products and
thus the application for the refurbishment should
consider a repetitive installation of the modules. In fact,
the actual applications can be seen in apartment
buildings and office buildings, which often have the
repetitive façade design within the same floor (window
openings) and over the floors (the same floor plans).
This design feature is also applicable to school buildings
as they often have repetitive façade designs which is
similar to these buildings.
A module may consist of the following basic
components.
- A load bearing construction.
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- An insulation layer which may be integrated with
the load bearing construction and an additional
layer depending on the required heat resistance.
- An exterior finish which may be either cladding
layer with an air gap underneath or finish layer
directly attached to the layer underneath (ex.
plaster).
Windows and technical installations (ex. ventilation
duct) may be added to this basic construction.
It is important to consider that the installation of the
retrofitting module may change not only the thermal but
also the hygric property of the refurbished wall. This
means that the existing wall which did not have a
moisture problem might have it after the installation of
the module. In order to avoid mould growth and
biological deterioration of the building components, it is
crucial to analyse the hygrothermal performance of the
wall as a whole with the given design conditions (local
climatic conditions and the users’ behaviour).

the same as in MT2. The OSB serves as vapour retarder.
The insulation layer has wood studs which work as the
load bearing element. The insulation and wood framing
is covered by MDF which would be exposed to the
ventilation air gap. The horizontal section of MT3 is
shown in Figure 3.

(1)

Figure 3: Module Type 1 with existing wall and without
cladding

3.2 MODULAR CONFIGURATION EXAMPLES
The present study chose three different retrofitting
module types based on the Renew School project survey.
The common characteristics of the three types is that
they are designed to be vapour-tight. This is a common
practice in the retrofitting by prefabricated wooden
modules. It should be noted that these are the
configurations that would have no problem when applied
in dry conditions under the European continental
climatic conditions. It is assumed that all the module
types would have a cladding with an air layer
underneath. The cladding is omitted in the figures as it
has no hygrothermal function other than the rain
projection. In the present study, it was assumed that all
the modules would be installed to the existing building
whose external wall consists of interior plaster (20 mm),
brick walls (200 mm) and exterior plaster (20 mm).
Module type 1 (MT1) consists of three layers: vapour
barrier, cellulose fibre insulation and OSB board (from
interior to exterior side). The vapour barrier is for
avoiding the condensation in winter. The insulation layer
has wood studs which work as load bearing elements.
The insulation and wood framing is covered by OSB
which would be exposed to the ventilation air gap. The
horizontal section of MT1 is shown in Figure 1.
Module type 2 (MT2) consists of four layers: buffering
insulation with glass wool, vapour barrier, cellulose fibre
insulation and OSB board (from interior to exterior side).
The buffering insulation is used as a “cushion” between
the existing wall and the module to fill the gap. It
includes small timber studs for structural support. The
vapour barrier is for avoiding condensation in winter.
The insulation layer has wood studs which work as load
bearing elements. The insulation and wood framing is
covered by OSB which would be exposed to the
ventilation air gap. The horizontal section of MT2 is
shown in Figure 2.
Module type 3 (MT3) consists of five layers: vapour
barrier, buffering insulation with glass wool, OSB,
cellulose fibre insulation and MDF board (from interior
to exterior side). The vapour barrier is for avoiding
condensation in winter. The buffering insulation work in

(1)
(2)

Figure 2: Module Type 2 with existing wall and without
cladding

(1)
(2)

Figure 3: Module Type 3 with existing wall and without
cladding

3.3 TRANSIENT HEAT AND MOISTURE
SIMULATION
In order to evaluate the hygrothermal performance of the
retrofitting module, transient heat and moisture transfer
simulation was carried out applying WUFI® 2D-3.3 [9].
Within this program, the basic heat and mass transfer is
modeled by equation (1) and (2). Those are solved
simultaneously and the temperature and relative
humidity across the building component assembly is
calculated.
(1)
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(2)
Where dH/dθ (J/m3K) is heat storage capacity of the
material, dw/dφ (kg/m3) is its moisture storage capacity
of the building material, λ (W/mK) is its thermal
conductivity, Dφ (kg/ms) is its liquid transport
coefficient, δp (kg/msPa) is its water vapor permeability,
hv (J/kg) is evaporation enthalpy of water, psat (Pa) is
water vapor saturation pressure, θ (°C) is temperature
and φ (-) is relative humidity. The calculation of WUFI®
2D-3.3 deals with the heat and mass transfer as two
dimensional phenomenon.
3.4 INPUTS FOR THE SIMULATIONS
The material properties were assigned from the database
provided by the software. The heat transfer coefficient
for interior and exterior side was set at 9.0 W/m2K and
23.0 W/m2K respectively. It was modelled that the
surface of the module is protected from rainwater and
solar radiation by the cladding. Sd-value (equivalent air
layer thickness in terms of vapor transfer) on both the
exterior and interior surface was set at 0m, which meant
there is no vapor retarding finishing on the surface of the
wall and the refurbishment modules. The indoor climate
was given as a sine curve with the average of 23°C and
the amplitude of ±3°C. The relative humidity was given
as constant at 50 %. This is based on the
recommendation for the comfortable indoor condition of
school buildings proposed by [10]. BBR22 divides the
land of Sweden in to four different climate zones (I: the
northern areas such as Norrbotten region, II: the central
areas such as Dalarna region, III: the southern central
and eastern areas such as Stockholm region and IV: the
southern west and coastal areas such as Västra Götaland
region.) For the exterior boundary condition, the
statistical climatic condition of Gothenburg (climate
zone IV) provided by the software database was applied.
The model borders toward the continuing wall elements
were treated as adiabatic borders.
As for the initial condition, it was assumed that the
surface of the existing wall is wet in order to assess the
possible risk of precipitation during the construction
period. In order to model this in a more realistic manner,
the following model geometry and the initial condition
was given to all of the three module types. The exterior
plaster of the existing wall was divided into four
different layers. The layers are given with the thickness
of 4 mm, 1 mm, 14 mm and 1 mm from exterior to
interior side respectively. The hygrothermal properties
were assigned from the simulation program’s database,
which also provides the layer-based exterior plaster.
Then the relative humidity as the initial condition of
each layer was set at 100%, 90%, 75% and 60% from
exterior to interior side respectively. The relative
humidity as the initial condition of the rest of the wall
was set at 50%. The initial temperature of the entire wall
was set at 20 °C.
The calculation period was set at three years. The
calculation time step as set at 1 hour. The calculation
start date was set on the 1st of September.

4 RESULTS
4.1 MODULE TYPE 1
Figure 4 shows the relative humidity and temperature of
measuring point 1, which is the wet surface of the
exterior plaster of the existing construction (see Figure
1). For the sake of reader-friendliness, the graph shows
only the two-year period from the beginning of the
simulation period.
It was shown that the relative humidity and temperature
stays high (above 75%) for 11 weeks and it would take 1
year for this part of the wall to be dried out. As the
temperature would stay in the temperate range, there
would be the risk of mould growth even though the
substrate is an inorganic material (plaster in this case)
[11], which would not be tolerated by the BBR.

Figure 4: Relative humidity and temperature at measuring
point 1 of MT1

4.2 MODULE TYPE 2
Figure 5 and 6 show the relative humidity and
temperature of measuring point 1 and 2 (see Figure 2).
Measuring point 1 is the wet surface of the exterior
plaster of the existing construction. Measuring point 2 is
the corner where the vapour barrier, the timber stud and
the glass wool insulation meet. This point was assumed
to be the most sensitive point in terms of moisture risk
because the moisture from the plaster drying would be
accumulated by the vapour barrier and this moisture
would affect the wood stud. The graph shows only the
two-year period from the beginning of the simulation
period.
At measuring point 1, a quick drying took place in the
first place, but it took 18 weeks to reach the relative
humidity of below 75%. At measuring point 2, it took
35 weeks to reach the relative humidity of below 75%.
This is due to the blocking of the moisture from the wet
surface of the plaster. As the temperature would stay in
the temperate range and this layer with the long highly
humid period contains the timber studs, there would be
the high risk of mould growth, which would not be
tolerated by the BBR.
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Figure 5: Relative humidity and temperature at measuring
point 1 of MT2

Figure 7: Relative humidity and temperature at measuring
point 1 of MT3

Figure 6: Relative humidity and temperature at measuring
point 2 of MT2

Figure 8: Relative humidity and temperature at measuring
point 2 of MT3

4.3 MODULE TYPE 3

5 DISCUSSION

Figure 7 and 8 show the relative humidity and
temperature of measuring point 1 and 2 (see Figure 3).
Measuring point 1 is the wet surface of the exterior
plaster of the existing construction. Measuring point 2 is
the corner where the OSB as vapour retarder, the timber
stud and the glass wool insulation meet. This point was
assumed to be the most sensitive point in terms of
moisture risk because the moisture from the plaster
drying would be blocked by the OSB and this moisture
would affect the wood stud and the OSB itself. The
graph shows only the two-year period from the
beginning of the simulation period.
At measuring point 1, it took 11 weeks to reach the
relative humidity of below 75%. At measuring point 2,
no problematic moisture accumulation was observed.
This is due to the blocking of the moisture from the wet
surface of the plaster by the vapour barrier on the
surface. At measuring point 1, as the temperature would
stay in the temperate range, there would be the risk of
mould growth, which would not be tolerated by the
BBR.

It was shown that all the module types need to have a
higher potential to dry in case the existing wall remained
wet during the construction period. The most straight
forward way to do it is to make the entire walls more
vapour permeable. Additional simulations and analysis
were carried out for each module type.
5.1 MODIFICATION OF MODULE TYPE 1
The vapour-tight layer of MT1 is the vapour barrier on
the interior side, thus it was replaced by a vapour-open
(Sd-value of 0.1 m) membrane. The rest of the wall
remained the same.
Figure 9 shows the calculated relative humidity and
temperature of measuring point 1. It was shown that the
vapour open module has a higher drying performance
with the highly moist period of only 2 weeks. Because
MT1 does not have any other vapour barrier close to the
wet surface of the existing wall, no other moisture
accumulation problem was observed. Therefore, this
modified MT1 is a satisfactory solution under the given
conditions.
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Figure 9: Relative humidity and temperature at measuring
point 1 of a vapour-open solution of MT1

Figure 10: Relative humidity and temperature at measuring
point 1 of a vapour-open solution of MT3

5.2 MODIFICATION OF MODULE TYPE 2
In the case of MT2, it is necessary to remove the vapour
barrier or replace it with another material with
significantly higher vapour permeability. As the vapour
barrier has no other function than blocking the moisture
flux, the simplest modification would be to remove it. In
this case, the module makeup becomes almost the same
as the modified MT1. The difference would be the
vapour-open membrane is on the interior side, but it has
negligible influence on the heat and moisture of the
entire wall. Therefore, no additional calculation was
made.
5.3 MODIFICATION OF MODULE TYPE 3
The vapour-tight layer of MT3 is the vapour barrier on
the interior side, thus it was replaced by a vapour-open
(Sd-value of 0.1 m) membrane. The rest of the wall
remained the same.
Figure 10 and 11 shows the calculated relative humidity
and temperature of measuring point 1 and 2 respectively.
Figure 10 shows that the surface of the exterior plaster
dried out in 2 weeks, which is has a better condition than
the original vapour-tight solution. Meanwhile, Figure 11
shows that the moisture from the wet plaster would
transfer outwards and accumulate for a short while (3
weeks) at the border between the glass wool insulation
and the OSB. Because the moist period is not critically
long and the OSB may have another function as load
bearing element than the vapour retarder, this solution
may be feasible. However, the replacement of the OSB
with a higher vapour permeability and a similar
mechanical property would be desirable in order to
design the module on the safe side.
Nevertheless, it was shown that the vapour open module
has a sufficient drying potential. Therefore, this modified
MT3 is a satisfactory solution under the given
conditions.

Figure 11: Relative humidity and temperature at measuring
point 2 of a vapour-open solution of MT3

6 CONCLUSIONS
Concerning the lack of school building renovations using
prefabricated wooden modules in Sweden, the present
study investigated the hygrothermal property of such
wooden modules under Southern Swedish climate
conditions (Gothenburg climate in climate zone IV
according to the BBR22 climate zone definition). The
criterion for the moisture safety inside the wall after the
refurbishment was at 75% relative humidity in order to
comply with the Swedish building regulation BBR. In
order to simulate an adverse condition, it was assumed
that the surface of the wall was wet from the
precipitation during the construction period. Three
different module configurations based on actual known
applications (from other EU countries) were applied to a
brick wall with plaster on both sides. The simulation was
carried out by a commercial two-dimensional transient
heat and moisture simulation software.
It was shown that all three module types were vapourtight and thus would create a risk of mould growth inside
the wall after the renovation due to the drying of the wet
surface of the existing wall. Therefore, the modification
of each module type was applied by replacing or
removing the vapour-tight layers. It was then shown that
such modifications were sufficient to make the drying
faster and significantly lowers the risk of mould growth.
Any wooden retrofitting modules for refurbishing
existing buildings in Sweden should have a performance
to let the residual moisture in the existing walls dry
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quickly. This can be achieved by making the entire
module vapour-permeable. The following includes
necessary further investigations:
- The mould growth risk taking into account
temperature, duration and substrate type is
needed.
- The initial condition of the wet surface should
be carefully modelled.
- It is necessary to consider not only the standard
makeup but other parts of the wall system
(joints etc.).
- Different wall types of the existing walls need
to be applied and the ideal combination of the
existing wall type and module configuration
should be investigated.
- Different climatic conditions from other climate
zones (climate zone I, II and III) need to be
applied to the simulation.

ACKNOWLEDGEMENT

The research has been initiated and conducted within the
IEE project Renew School funded. Armin Knotzer (AEE
- Institute for Sustainable Technologies, Gleisdorf,
Austria) and other project members are acknowledged
for providing and sharing the background information
and feedback to the present study. Chalmers Areas of
Advance Energy and Built Environment is also
acknowledged. Mikael Mangold (Chalmers University of
Technology, Gothenburg, Sweden) is also acknowledged
for providing the data on the school refurbishment
statistic of the municipality of Gothenburg.

REFERENCES

[1] CIB: Agenda 21 on sustainable construction.
Available at online http://www.cibworld.nl/site/
home/index.html (accessed on 27/04/2016), 1999.
[2] UNEP: Sustainable building construction. Industry
and Environment, Vol.26 No.2-3, 2003.
[3] The Hague, Ministry of the Interior and Kingdom
Relations: Housing Statistics in the European Union
2010, September 2010.
[4] European Climate Foundation:
https://europeanclimate.org/bpie/ (accessed on
27/04/2016)
[5] European Commission: COM(2011) 109 final.
Communication
from the commission to the
European Parliament, the council, the European
economic and social committee and the committee
of the regions. 2011.
[6] Renew School:
http://www.renew-school.eu/en/home/ (accessed on
27/04/2016)
[7] The National Board of Housing: Boverket's
Building Regulations. Available at online:
http://www.boverket.se/ (accessed on 29/09/2015)
[8] Kobler R.L. et al.: Retrofit Module Design Guide.
International Energy Agency, ECBCS Annex 50.
2011.
[9] Künzel H.M.: Simultaneous heat and moisture
transport in building components. One- and two
dimensional calculation using simple parameters.
IRB Verlag, 1995.

[10] Steiger, S. et al.: Improved indoor environmental
quality - Retrofit guidelines towards zero emission
schools with high performance indoor environment.
2014.
[11] Sedlbauer, K.: Prediction of Mould Fungus
Formation on the Surface of/and Inside Building
Component. University of Stuttgart, Fraunhofer
Institute for Building Physics. Stuttgart, Germany,
2001.

APPENDIX

“6:5 Moisture
6:51 General
Buildings shall be designed to ensure moisture does not
cause damage, foul odours or hygienic nuisance and
microbial growth, which could affect human health.
The requirements … should be verified at the design
stage with the aid of moisture safety design. Measures
taken at other stages of the building process also affect
the moisture safety.
Buildings, construction products and building materials
should be protected against moisture and dirt during
construction. Documented inspections, measurements or
analyses should be carried out to ensure that materials
are not damaged by moisture during construction…
The design of structural elements and building
components that are of importance for future moisture
control should be documented, when it is carried out.
6:52 Maximum moisture levels
Critical moisture levels shall be used to determine the
maximum permitted moisture level, taking into account
unreliability in the calculation model, input parameters
(e.g. material characteristics) or measuring methods.
Well-researched and documented critical moisture levels
shall be used for materials and material surfaces where
mould and bacteria can grow. A material's critical
moisture level shall be determined taking account of
possible contamination of the material. If the critical
moisture level for a material is not well-researched and
documented, a relative humidity (RH) of 75 % shall be
used as the critical moisture level.
6:53 Moisture safety
Buildings shall be designed to ensure neither building
structures nor spaces in buildings can be damaged by
moisture.
The moisture level in a structural element shall not
exceed the maximum permitted moisture level unless this
is unreasonable, considering the intended use of the
structural element. The moisture level shall be
calculated with regard to the most adverse conditions.
General recommendation
When designing moisture safety, account should be taken
of the combinations of materials used in the structural
element. This is to ensure that the moisture level in
materials and in boundaries between materials shall not
be able to exceed the critical moisture level in an
unpredictable way for such a long time that damage may
occur.
It may sometimes take a long time for a structural
element or structural member to become moist. This
should be considered when comparing the calculated or
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estimated moisture level with the maximum permitted
moisture level.
For walls with a protection layer against rain and an
underlying ventilated air gap, the maximum permitted
moisture level for growth of mould and bacteria does not
apply to the actual protection layer.
When assessing the moisture level, both in the execution
phase and in the finished building, account should be
taken of the occurring source of moisture (environmental
impact of moisture). The extent, duration and frequency
of the environmental impact of moisture should be
determined with regard to local conditions. The
following sources of moisture may occur:
1. Precipitation.
2. Air humidity, outdoors and indoors.
3. Water in the soil (liquid and vapour phase) and on the
ground.
4. Construction moisture.
5. Water from installations etc.
6. Moisture associated with cleaning…”
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FROM EDUCATION TO INFORMATION THROUGH RESEARCH
Cristina Benedetti, Julia Ratajczak2, Gabriele Pasetti Monizza3
ABSTRACT: Nowadays, the fast arising of new trends drives our society to change its needs constantly. One of the
hugest challenge of education and research activities is to adopt an evolutionary and adaptive workflow in order to provide
quick answers against these needs.
This paper discuss a methodology that tries to introduce an interdisciplinary and adaptive workflow through specific
actions from three main pillars: education, research and information. Focusing on energy-efficient timber buildings, by
showing three specific case studies developed for the Italian context, the authors would like to offer possible solutions
for creating an evolutionary approach that allows education and research activities to provide quick answers against needs
that change constantly.
KEYWORDS: Education and Research activities, Information management, Timber technologies, Timber architecture

1 INTRODUCTION 1 23
Among the main trends that are driving our society, it is
possible to identify two main trends that strongly changed
the Building Industry (BI) in the last years: the reduction
of the environmental impact and the digitalization of
information.
The reduction of environmental impact
According to analysis by Centro Studi FederlegnoArredo
[1] the market share of new timber buildings increased by
7,7% from 2010 to 2014, despite the general crisis which
is still affecting the Bulding Industry (BI) in Italy. The
90% of these new timber buildings apply timber frame
housing and CLT technologies. These data highlight that
society is more and more sensitive about new
technologies in energy-efficient buildings and carbonemission-neutral construction materials. The increasing
sensitiveness to these themes triggers a change in the
educational framework of the Italian University structure
in order to fulfill a lack of capabilities of technicians in
environmental-friendly new technologies in the BI.
Referring to the Bologna process, the Italian University
structure (Figure 1 [3]) consists of three degree levels:
Bachelor´s degree, Master´s degree and Ph.D. degree.
There are also postgraduate specialization courses (known
as first and second level postgraduate Masters) which can
be attended after a Bachelor´s or Master´s degree. In
addition, the Italian education system provides
professional courses, organized by centers for vocational
training and/or higher education institutes, which do not

1 Cristina Benedetti, Fraunhofer Italia, Italy,
cristina.benedetti@fraunhofer.it
2 Julia Ratajczak, Fraunhofer Italia, Italy,
julia.ratajczak@fraunhofer.it

release any education degree but diploma or certificate of
attendance [2, 3, 4].

Figure 1: Higher Education Structure in Italy

Italian unemployment rate is very high and this situation
needs of education and training support in order to provide
the citizens the opportunity to update their professional
skills and competences and create new professional
profiles. In Italy, postgraduate Masters and professional
training represent the essential elements of university
lifelong learning, as they are education training courses
with a vocational focus. The Italian statistics from 2001 to
2006 carried out by MIUR (Figure 2) confirm that the
most attended postgraduate courses are professional
training courses (44,4%), Ph.D. courses (22,9%), and
second level postgraduate Masters (12,7%).
According to European Union’s (EU) priority towards
lifelong learning asset, it is possible to highlight that the
need of an education structure and dissemination
strategies spreading focused knowledges is strongly
increasing [5]. Focused knowledges requires to be directly
connected to daily professional activities and to be
3 Gabriele Pasetti Monizza, Free University of Bozen, Italy,
Gabriele.Monizza@natec.unibz.it
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available just in time with the arising of new needs from
the society in order to address rapidly changing
environments.

Figure 2: Participation in postgraduate courses by
people in age from 25 to 64 years Italy
The digitalization of information
According to Soviet economist Kondratieff [6], waves of
different technological cycles of 50-60 years length drive
the history of the economic growth. The introduction of
new technologies during depressions and economic crises
leads the generation of a new growth wave. Nowadays the
society is reaching the top of the information technology
wave. Smihula and Goldshmidt [7] revise the
Kondratieff’s theory introducing a sixth wave of the postinformational technological revolution which is taking
place today (see Figure 3 [8]). According to their
interpretation, society reached an “Internet overestimation” and, nowadays, is pushing towards a
transformation from the “Internet of people” and the
“Internet of information” towards the “Internet of Things”
[9]. This digital revolution is deeply changing the society
and, according to this trend, the topic of the World
Economic Forum of 2015 has been the “Digital
Economy”. The Forum have highlighted that technology
is changing the way in which people interact. Thus, the
power of digital technology and its fast advance offers a
greater access to technology worldwide which increase
the opportunities for individuals, organization and
governments. Consequently, new skills and businesses
need to be developed and found [10].

Figure 3: Kondratieff waves IT and health with phase
shift according to Goldschmidt

In industries, the ability to innovate has become critical
for the competitiveness and a sustainable business
success. According to Lewrick, Reaside and Omar [11],
Dynamic Capabilities are the most important factor for
innovation success. Dynamic Capabilities include
organizational and strategic process such as alliancing,
product development and learning mechanism. As Teece,
Pisano and Shuen emphasize [12], Dynamic Capabilities
can push industries to integrate, build and reconfigure
internal and external competencies to address rapidly
changing environments.
In this complex framework, the challenge of the BI is to
transform a traditional product such as buildings towards
a product suitable for the Digital Economy by activating
and enhancing internal Dynamic Capabilities. This task
has to be accomplished not only by pushing the
introduction of Industry 4.0 or Smart Industry strategies
but also by adopting new strategies in the construction
process as a whole, such as digital design and engineering
strategies and digital business models.

2 METHOD
From the analysis of driving trends and their effects on the
BI, it is possible to assert that the BI needs a faster and
more flexible way to spread information among the
construction process as a whole in order to facilitate the
transformation of building products towards digital
products. In order to fulfil this complex challenge, it is
possible to define an adaptive workflow based on three
main pillars: education, research and information.
Whether education may be considered how the society
acquires the state-of-the-art, research may be considered
how the BI answers to specific arising needs of the
society. Information may be considered how education
and research activities interact with the society (the socalled dissemination activity). According to these
definitions, the workflow may be arranged as a cycle
(Figure 4). Each pillar produces actions that include
specific outputs. The way in which outputs are managed
is the key to fulfil an evolutionary and adaptive workflow.
Only whether outputs are arranged throughout a structure
that allow complementarity and exchange of results
among the pillars, it is possible to activate the cycle.

Figure 4: Main workflow’s structure
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This cycle is structured in order to respect the society’s
general asset. Education is the answer to a request of
specific knowledges that should become a need as soon as
society changes. In order to fulfil the intent of the EU to
enhance the lifelong learning asset, knowledges from
education activities have to be available through an ondemand strategy. The on-demand strategy allows
technicians and industries to acquire strategic knowledges
in order to integrate, build and reconfigure internal and
external competencies to address rapidly changing
environments, as Dynamic Capabilities require. Dynamic
Capabilities require the most updated knowledge
available also. This means that education has to include as
soon as possible contents from research activities.
Exchanging results between education and research
activities appears mandatory. In this framework,
information activities become the main collector of
knowledges, which has to drive the BI activating
Dynamic Capabilities during the adoption of new
technologies facing the “Digital Economy” challenge.
The digitalization of information may strongly support
this complex workflow by creating an information
platform. A common information platform facilitate the
complementarity and exchange of results among the
pillars. Authors identified the interactive database as the
most suitable tool available nowadays to establish the
common information platform.

Figure 5: Building-physic data.

3 RESULTS
Focusing on energy-efficient timber buildings, authors
would like to show three specific actions, as case studies,
that have been developed according to the adaptive
workflow previously defined:
•
•

•

Timber Buildings – an interactive publication to
learn how to build energy-efficient timber
buildings.
TimBeest – a scientific research that aim at
testing whether it is possible to build timber
buildings in hot climates without reducing the
seismic performance of timber structures.
RiFaRe – an applied research that aim at
studying a pre-fabricated timber façade for
energy refurbishment of existing buildings.

Timber Buildings
Timber Building interactive publication has been
developed in order to provide an interactive tool for
acquiring basis knowledges of how build energy-efficient
timber buildings. It aims at transforming the best-seller
Timber Buildings book [13] into a digital content. The
interactive publication maintains all contents presented in
the book enhancing interactivity thanks to the digital
information management platform adopted.
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The publication comes in three different languages:
Italian, English and German. The User Interface (UI)
keeps the same structure of the book: starting from a
general view of a building, it presents specific information
by construction details referred to the two most diffused
timber technologies in Italy - timber frame housing and
CLT. From a 360° visualization of 3D details (Figures 5
and 6), users can access to specific information related to
construction material and building-physic data (such as
materials and products, λ, δ, μ, U-values of components
according to UNI EN ISO 6946:2008, Ψ of thermal
bridges according to UNI EN ISO 10211:2008, etc).

tablets. Nowadays only a version for Apple iPad® is
available.
Timber Building interactive publication provided the base
structure of the Timbeest interactive tool, a more complex
tool for collecting research outputs.
Timbeest
Timbeest interactive tool [14] has been developed in order
to manage contents throughout all research phases of
Timbeest project. It is composed of the following parts: a)
databases created by FileMaker Pro 11® software, which
are structured in three main databases and several subdatabases linked together; b) external GIS database made
using Quantum GIS® software, which correlates analysed
data to Italian territory in order to support databases in
point a).

Figure 6: 3D visualization of details.
Figure 8: User interface for each phase of research
project: 1) objectives; 2) methodology; 3) results.
A common User Interface (UI) provides a rapid access to
the content of three research phases (used as sections of
the main UI) of Timbeest project and allows navigating
through them easily (Figure 8). The three main sections
are:
•
•

Figure 7: Free zooming feature.
UI presents contents dynamically: users can interact with
drawings and 3D visualizations by zooming and clicking
on hot points to obtain detailed information (Figure 7). By
this way, drawings and construction detail are scale
independent.
The interactive publication aim at storing, managing data
and cataloguing solution in order to create cognitive tool,
which enables technicians to visualize data, provide a
global interpretation of information and support the
decision-making process. This publication could be
integrated in a web-site environment, or in an application
for computers or mobile devices such as smartphones and

•

Objectives sections - it shows main objectives
of the project phase by phase.
Methodology section - it explains the
procedures used to develop the scientific
contents. This section corresponds to each
objectives and it is integrated into the UI tabs.
Results sections - it visualizes specific phase
outcomes in order to facilitate data analysis, to
provide inputs for further steps of the Timbeest
and to enhance the future implementation of the
tool. These outcomes are gathered in result
databases, and are correlated to different subdatabases and GIS database, as illustrated in the
flow chart (Figure 9).

Figure 10 shows UI layout of the result database (1a),
which is divided into topic area: 1) geographical context
and environmental restraints; 2) building information; 3)
structural features; 4) thermal features; 5) index of
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building components related to 110 capital cities of Italian
Provinces.
These information are visualized when a building
component is selected from the index list. Furthermore,
clicking on each parameter users can analyze GIS maps
of Italian territory regarding seismic parameter (such as
qsk. p, Se, CDD) and synthesis, which are structured as

shown in Figure 11: 1) GIS map with a legend and 2)
description of parameter. The GIS maps are important to
characterized territory and identify critical areas, for
instance: the synthesis map allows highlighting the
critical areas, affected by risks of overheating and
earthquake.

Figure 9: Flow chart of relations between sub-databases and result databases belonging to the first and second phase of
Timbeest research project.
Beside the seismic parameter Se a link to the GC&ER
result database (1b) is integrated. Figure 12 shows the
result database, which provides information on: 1) map of
seismic danger of the Italian territory evaluated under
specific hypothesis by Istituto Nazionale di Geotecnica e
Vulcanologia; 2) GIS map of related Region and the
provincial classification of Se; 3) graph of elastic
spectrum, referred to capital city of the selected Province
4) graph of elastic spectrum with all capital cites presented
in selected Region; and 5) environmental restraints – Se
class and value. The graph of elastic spectrum is
elaborated using Simqke software developed by the
University of Brescia.
In the result database (1a) of the first phase, next to Ufactor, Yie and  parameters, GIS maps are linked in order
to visualize the minimum value required by Italian codes
(Figure 13, point 1). Figure 13, point 2, 3 shows two maps,
which express the percent deviation for each parameter
between minimum value and value of best and worst
solution of standard building components in order to
provide a range of variation. Furthermore, evaluations of
all thermal parameters according to UNI EN ISO
6946:2008 and UNI EN ISO 13786:2008 using
spreadsheet are integrated in database.

In the second part of research project improved solutions
for building walls are studied. Four solutions for CLT
technology and three solutions for PF technology are
identified. The structure of the result database is the same
of the (1a) one but the inserted data refer to other
components. In order to find out the best solution for 110
capital cities among proposed ones, multi-criteria analysis
is developed (Figure 14, point 1, 2). In order to combine
the percentage improvement/worsening between best
solution of standard and improved walls, the GIS database
is used. This information are included into the result
database (2a) of the second phase just next to thickness of
insulation material, total thickness of the building
component, the U-factor, the Yie and the  (Figure 14,
point 3). The layout of Figure 14 allows having an
overview of the best solution identified and its
improvement or worsening through Italian territory.
Furthermore, evaluations of all thermal parameters
according to UNI EN ISO 6946:2008 and UNI EN ISO
13786:2008 using spreadsheet and comparison evaluation
between improved solutions are integrated in this result
database.
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Figure 10: The UI layout of result database (1c) in the first phase of research project.

Figure 11: The UI layout of the database of geographical
context and environmental restraints at Province level.

Figure 12: Synthesis map.

Figure 13: GIS maps referred to thermal parameters.

Figure 14: GIS map referred to improved building
components, and multi-criteria analyses.
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RiFaRe
RiFaRe is an applied research project funded by the
Province of Bolzano (Italy) in collaboration with five
local companies: Wolf Haus - a timber panels producer,
Tip Top Fenster - a windows producer, STO Italia - an
insulating systems supplier, RothoBlaas - a fixing systems
and waterproofing systems supplier and ProPlan - an
architecture and engineering firm. The project is still in
development and aims at developing a timber-based
solution for the energy refurbishment of Italian building
façades providing a lightweight and suitable solution for
the refurbishment in seismic areas applying prefabricated
technologies, quick to be installed on site.
Project outputs has been managed by developing two
specific interactive tools, which base their structures both
on the Timber Building interactive publication and on the
Timbeest interactive tool. The first tool is a design
interactive manual and contains all needed information
for design the RiFaRe system according to national
regulations. This tool can be used both for technical
purposes and for marketing purposes. The second tool has
been developed to provide an interactive management
tool for cooperation companies. This interactive
management tool aims at facilitating a product’s lean
process, starting from the order delivering since the
installation on the construction site. This tool will be used
as an internal tool for cooperation companies exclusively.
Unfortunately, due to IPR agreements with cooperation
companies, authors cannot provide further details about
outcomes of this project. Readers can find more details in
a publication now in-press [15].

4 CONCLUSIONS
The main intent of authors is to encourage the scientific
community applying new dissemination strategies and
tools in order to transform information contents into
digital information contents. Digital contents have to be
aware of arising trends and to fulfill specific requirements
of rapidly changing needs of the society. This paper tries
to introduce a methodology that authors apply during
dissemination activities by showing, as results, three case
studies referred to energy-efficient timber buildings.
According to the workflow previously defined, it is
possible to assert that: Timber Building interactive
publication may represents the digital output of education
pillar and Timbeest interactive tool may represents digital
output of research pillar. Thanks to a similar structures
and digital developments, information can easily
exchange from a pillar to another. Thus, as soon as a
complete validation of Timbeest results will be
accomplished, these can be integrated in a publication
spreading contents in an education environment. This
opportunity highlights the potential of digital information
platforms in providing knowledges directly connected to
daily professional activities, just in time with the arising
of new needs from the society in order to address rapidly
changing environments.
RiFaRe interactive tools show how the combination of
education and research digital outputs may join together
in order to provide an information digital output, which
aims at facilitating the introduction of a new technology

on the market. Thus, beyond Industry 4.0 and Smart
Industry strategies, digital information platforms may
activate and enhance internal Dynamic Capabilities of BI
companies.
According to Brand, Hülser, Grimm, and Zweck [9],
results proposed by authors have to be considered still
connected to the concept of “Internet of information”
which means that the digital information platforms
presented are just on-demand contents, faster than paperbased information platforms, but still passive. “Internet of
Things” is arising and upcoming technologies may allow
the creation of digital information platforms where
contents may be available in an active, on-need way.
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Reinforcement of Dowel Type Timber Joints using Cross-laminated CFRP
Nobuyoshi Yamaguchi, Naoaki Shibata2
ABSTRACT: Reinforcement of timber joints using Carbon fibres was conducted to improve those mechanical
properties such as strengths and deformability. CFRP (Carbon Fibre Reinforced Polymer) was developed for the
reinforcement of timber joints. The CFRP consists of laminated CF-sheets which were oriented in the parallel and cross
directions. Single and double shear capacities of the dowel type timber joints reinforced with the CFRP were examined.
The CFRP were glued on the timber, and the fasteners were inserted into the timber through the CFRP. Loading tests of
the reinforced timber joints resulted that CFRP reinforcements with suitable end-distance of fastener holes were quite
effective to increase both of strength and deformability of the joints. Analytical model and strength calculation method
of the timber joints reinforced by CFRP were proposed. Proposed calculation method predicts shear strengths of the
reinforced timber joints reasonably.
KEYWORDS: Joints, Shear, Reinforcement, Dowel, Fastener, Perpendicular to grain, CFRP, Cross-laminated

1 INTRODUCTION 123
Structural design needs mechanical properties such as
strengths, stiffness and deformability of timber members
and joints. In general, timber joints have less mechanical
capacities than timer members. Joints failure of timber
structures were often observed in earthquake damage of
them. Timber joints are required strengths, stiffness and
deformability during earthquakes. These requirements
increase numbers of fasteners and distances between the
fasteners. Many fasteners and those distances between
them increase the size of joints, which often makes
timber structures costly. For the reasonable design of
timber structures, development of reinforcement method
of timber joints had been conducted. Reinforcement
method of timber joints using CFRP (Carbon Fibre
Reinforced Polymer) was conducted. Several early
studies of timber joint reinforced by fibres and resins
were summarized in the reference [1].

2 MATERIALS
2.1 CF-SHEETS
Carbon Fibres are original hard to glue on timbers. For
the improvement of bonding performance between
Carbon Fibre and timbers, in-process material of Carbon
fibres was developed by Prof. Ishihara, et al [2]. Inprocess material named as CF-sheets was 300g/m2
weight, and composed of unidirectional carbon fibres
and phenolic-resin. The fibre had 4050MPa tension
strength, 236GPa tension stiffness and 1.77g/cm3 density.
The fibre was wrapped within two impregnated papers
1

Nobuyoshi Yamaguchi, Building Research Institute Japan,
yamaguch@kenken.go.jp
2
Naoaki Shibara, Nagano Prefecture Forestry Research Center

with the phenolic-resin, and formed with 24 hours
pressing and 30 degree C temperature. Thickness of the
formed CF-sheet was 0.7mm. CF-sheet in cutting process
is shown in Photo 1 [3].

Photo 1: CF-Sheet in Cutting Process

2.2 CFRP PLATE
2.2.1 CFRP using Unidirectional CF-Sheet
Multiple CF-sheets were laminated unidirectional and
longitudinally, and formed with hot press, which is
shown in Photo 2. Formed CF-sheets were called Carbon
Fibre Reinforced Polymer (CFRP). Thickness of the
CFRP plate was number of lamination multiplied by
0.7mm. The CFRP plates were glued on timbers with
pressures and resorcinol resin adhesives 200g/m2.
Bonding quality between CFRP plates and timbers (Sugi,
Cryptomeria Japonica) was evaluated by the
delamination tests (adhesive bonds exposed to boiling or
soaking in water) in JAS (Japan Agricultural Standard).
Results showed that delamination during the tests was
not observed in three tests. Wood failure ration in block
shear tests (JAS) of them was 72 percent. Those were
satisfied the criteria of glulam required in JAS. CFRP
named as CF060 was composed of six unidirectional and
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longitudinal CF-sheets. Fibre arrangement of CF060 was
described as (L+L+L+L+L+L), where L indicates
longitudinal arrangement of the CF-sheets [3].

three (3d), five (5d) and seven (7d) times of the hole
diameter (d). Steel pins 8mm in diameter were inserted
into the holes. Bearing strength test applied bearing
forces on the CFRP around the holes. Number of each
test was three [3, 4, 5].

Photo 2: CFRP Laminated CF-Sheets

Figure 1: Bearing Strength Test of CFRP (JIS K 7080)

2.2.2 CFRP with Outer Cross CF-Sheet
CFRP plate for the reinforcement of timber joints was
developed, which was CFRP plate laminated with two
outer cross CF-sheets on the CF060 and named as
CF161. Sheet arrangement of CF161 is described as
(C+L+L+L+L+L+L+C), where C indicates cross
arrangement of the CF-sheets. CF060 or CF161 were
composed of six or eight laminations of CF-sheets totally
[3, 4, 5].

3.2 TEST RESULTS
3.2.1 CFRP with Outer Cross CF-sheet
Failure of CF060 and CF161 plates in the loading tests
are shown in Photo 3 and Photo 4. Photo 3 shows a
splitting in the end of plate along the loading direction.
Photo 4 shows splitting across the fastener holes
perpendicular to the loading direction. Measured loaddisplacement curves are shown in Figure 2. CF060-7d in
Figure 2 shows the results of CF060 with 7d enddistance holes. Bearing strengths of CF161 plates with
5d and 7d end-distance holes were 244 and 284N/mm2,
and those of CF060 with 5d and 7d end-distance holes
were 181 and 190 N/mm2 respectively. Outer cross CFsheet upgraded bearing strengths around 1.35 and 1.5
times than those without them. Deformability of the
plates with outer cross CF-sheets and 7d end-distance
holes were upgraded almost two times than those
without outer cross CF-sheets. It was clarified that CFRP
with outer cross CF-sheets and 7d end-distance holes
increased bearing strengths and deformability of timber
joints effectively[3,4,5].

2.2.3 Cross-laminated CFRP
Cross-laminated CFRP plates were manufactured from
the CF-sheets laminated orthogonally and alternately.
Two types of CFRP were manufactured comparing the
performances of ‘Odd-type’ and ‘Even-type’ CFRP.
Odd-type CFRP have three cross CF-sheets between four
longitudinal (L) CF-sheets, which were described as
(L+C+L+C+L+C+L). Even-type CFRP have three
longitudinal CF-sheets between four cross CF-sheets,
which are described as C+L+C+L+C+L+C). Odd-type
CFRP had longitudinal CF-sheet on the surface. Eventype CFRP has cross CF-sheet on the surface. Both type
of cross-laminated CFRP had seven laminations of CFsheets [3,4,5].

3 PROPERTIES OF CFRP
3.1 TEST METHOD
Mechanical properties of the CFRP plates for the
reinforcement of timber joints were tested by B-Method
of JIS K 7080-1991 (Testing Method for Bearing
Strength of Carbon Fibre Reinforcement Polymers)
using double shear dowel-type fasteners inserted into the
CFRP plate, which is shown in Figure 1. Both types of
CFRP plates with and without outer cross CF-sheets
(CF161, CF060) were tested. Dimensions of these plates
were 48mm width and 300mm length, thickness of them
were 4.2mm and 5.6mm in case of CF060 and CF161
respectively. Two fastener holes 8mm in diameter were
applied on the both ends of the plates using drills for
timber working. End-distances of the fastener holes were

Photo 3: CFRP of Unidirectional CF-Sheet (CF060)

2
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Photo 4: CFRP with Outer Cross CF-Sheet (CF161)

Load (kN)

Photo 5: Odd-type Cross-laminated CFRP

Displacement (mm)

Figure 2: Load-displacement Curves of CFRP (CF060,CF161)
Photo 6: Even-type Cross-laminated CFRP

3.2.2 Cross-Laminated CFRP
Cross-laminated CFRP plates were also tested by the BMethod of JIS K 7080-1991. Mechanical properties of
the cross-laminated CFRP were obtained by loading test
of dowel-type fasteners inserted into the cross-laminated
CFRP plates. Loading method, dimension and enddistance of the specimens was same as the tests of CFRP
with outer cross CF-sheets. Both of ‘Odd-type’ and
‘Even-type’ CFRP were tested. Failures of Odd-type and
Even-type cross-laminated CFRP plates are shown in
Photo 5 and Photo 6. Photo 5 shows shear failure of the
surface CF-sheet along the loading direction. Photo 6
shows compression failure with delamination of the
surface CF-sheet crossing the loading direction.
Measured load-displacement curves of Odd-type and
Even-type CFRP are shown in Figure 3 and Figure 4.
Bearing strengths of CFRP plates with 3d, 5d and 7d
end-distances are shown in Figure 3 and Figure 4.
Bearing strengths of Even-type CFRP plates with 5d and
7d end-distances were greater than those of Odd-type.
Bearing strengths of Even-type cross-laminated CFRP
with 3d, 5d and 7d end-distance were 192, 227 and
respectively. Cross-laminated
CFRP
278N/mm2
composed of seven CF-sheets provide similar bearing
strengths as those of CFRP with outer two cross CFsheets which were composed of eight CF-sheets. Eventype cross laminated CFRP specimens with 7d enddistance showed almost 1.5 times deformability than
those of CFRP with outer cross CF-sheets (CF161-7d).
These results suggest cross-laminated CFRP provides
better deformability than those of CFRP with outer cross
CF-sheet [3, 4, 5].

Load (kN)

Odd-type

Displacement (mm)

Figure 3: Load-displacement Curves of Odd-type CFRP

Load (kN)

Even-type

Displacement (mm)

Figure 4: Load-displacement Curves of Even-type CFRP

3
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4 REINFORCEMENT OF JOINTS
4.1 CFRP WITH OUTER CROSS CF-SHEET
Single Shear Strength (kN)

4.1.1 Test
Evaluating reinforcement effect by CFRP, loading test of
single shear fasteners reinforced by CFRP with outer
cross CF-sheet were conducted. Specimens were
composed of timber with CFRP reinforcement, two steel
side-plates and lag-screw fasteners. The timber was
symmetrical composed mixed E65-F225 grade
150x300x300mm dimension glulam (Sugi, Cyptomeria
japonica).
CFRP plate was composed of twelve
unidirectional CF-sheets and two outer cross CF-sheets,
which were glued on the glulam using resorucinol-resin
and pressing. The glulam reinforced with the CFRP were
named as CFRG. The CFRP composed of CFRP with
outer cross CF-sheet were described as (CF1-12-1) or
(C+L+L+L+L+L+L+L+L+L+L+L+L+C). These CFRP
plate were glued on the glulam before the fastening. The
specimens have two steel side-plates with four fastenerholes. Eight lag-screws of 16mm in diameters (d) and
150mm in lengths were screwed into the glulam through
the holes on side-plates and CFRP. Three types of
specimens were prepared with 3d, 5d and 7d enddistances. The distances between the fasteners were also
same as the end-distances. Specimens are shown in
Figure 5. These specimens are named CFRG-3d, CFRG5d and CFRG-7d respectively. Compression loads were
applied for parallel to the grain of the glulam. Number of
loading tests was three respectively. Test results were
compared to the loading tests of specimens without
reinforcement, which has 7d end-distance and were
named as NRG-7d [3,5].

Displacement (mm)

Figure 6: Load-displacement Curves of Reinforced Fastener
with and without CFRP (CFRG, NRG)

4.2 CROSS-LAMINATED CFRP
4.2.1 Loading Test Parallel to grain
Evaluating reinforcement effect of timber joints loading
parallel to grain, double-shear performance of fasteners
with and without CFRP reinforcements was examined.
Cross-laminated CFRP were used for these tests.
Specimens for loading tests are shown in Figure 7. Eventype cross-laminated CFRP (96x224mm) were glued on
Sugi glulam around fastener holes (d=16mm) with
resorucinol-resin and pressing. Three type of specimens
reinforced with Even-type CFRP were prepared, which
had 0, 7 and 13 laminations of CF-sheets and were
described as CF0, CF7 and CF13. Even-type CFRP
with 7 or 13 CF-sheets were composed of CF-sheets
(C+L+C+L+C+L+C)
arrangement
or
(C+L+C+L+C+L+C+L+C+L+C+L+C)
arrangement.
Steel centre plate of 9x100x425mm with a hole
(d=16mm) was inserted between a pair of Sugi glulam,
and a steel pin fastener (d=16mm with threads) was
inserted into the fastener hole. Edge and end-distance of
the fastener holes were 3d and 3.5d. Tension loads were
applied for parallel to the glulam grain and longitudinal
(L) direction of CF-sheets. Shear forces were applied on
the fasteners, and bearing forces were applied on the
CFRP plates and glulam [3, 6].

CFRP(CF1-12-1)

Figure 5: Screw Fasteners Reinforced with CFRP(CF1-12-1)

4.1.2 Results
Load-displacement curves obtained from the loading
tests are shown in Figure 6. Vertical axis indicates
strength of a screw fastener. Stiffness of a screw fastener
in case of CFRG-3d, CFRG-5d and CFRG-7d were 14.4,
16.8 and 13.9 kN/mm respectively. Stiffness of CFRG7d were extended 1.9 times of those of NRG-7d.
Ultimate strengths of a screw fastener of CFRG-3d,
CFRG-5d and CFRG-7d were 25.9, 33.8 and 46.7kN
respectively. Strength of CFRG-7d was almost 1.5 to 2
times of those of NRG-7d[3,5].
4
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Single Shear Strength (kN)

Photo 8: Failure of Fasteners Reinforced with CF7-7d

Figure 7: Loading Test of Fasteners Reinforced with Even-type
Cross-laminated CFRP (Parallel to Grain)

4.2.2 Results of Loading Parallel to Grain
Shear failure of the fasteners in the specimens are shown
in Photo 7 and Photo 8. Photo 7 shows failures of the
CFRP reinforcement with seven laminations of CFsheets and 3.5d end-distance holes (CF7-3.5d). Photo 8
shows failures of the CFRP reinforcement with seven
laminations of CF sheets and 7d end-distance holes
(CF7-7d). Both photos show appearances of the
specimens and cross-sections of the failed fasteners.
Photo 7 shows timber-failure along the timber grain.
Photo 8 doesn’t show the timber-failure but shows the
failure of a dowel fastener. The fasteners are well
embedded into both of the CFRP and glulam in both of
Photo 7 and Photo 8. Measured load-displacement
curves are shown in Figure 8 and Figure 9. Vertical axis
of Figure 8 and Figure 9 indicates single shear strength
of a fastener calculated from the measured strength of a
specimen. Specimen with seven laminations of CFsheets and 3.5d or 7d end-distance holes (CF7-3.5d) or
(CF7-7d) provided sufficient bearing strengths and
deformability. These bearing strengths were almost two
times of the specimens without CFRP reinforcement
(CF0-3.5d) or (CF0-7d)[3, 6].

Displacement (mm)

Single Shear Strength (kN)

Figure 8: Load-displacement Curves of Fasteners Reinforced
in case of 3.5d End-distance holes

Displacement (mm)

Figure 9: Load-displacement Curves of Fasteners
Reinforced in case of 7d End-distance holes

4.2.3 Loading Test Perpendicular to Grain
Evaluating the reinforcement effect of timber joints
perpendicular to grain, double shear performance of
joints with and without CFRP reinforcements was tested.
The specimens are shown in Figure 10. Loads were
applied perpendicular to grain of timber. Even type
CFRP (150x224mm) were glued on the surface of Sugi
glulam around fastener holes (d=16mm). Three type of
specimens were prepared, which were reinforced with
CFRP composed of 0, 7 and 13 laminations of CF-sheets.

Photo 7: Failure of Fasteners Reinforced with CF7-3.5d
5
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Those were named CF0, CF7 and CF13 respectively.
Centre steel plate 9x100x210mm with one hole
(d=16mm) were slid into a pair of two glulam, and one
steel pin (d=16mm with threads) was inserted in the hole.
Two types of combinations of edge and end-distances
were prepared. One was a combination of 3.5d and 3d,
and the other is 7d and 4d. Loading was applied on the
glulam downwardly. Shear forces were applied to the
fasteners, and bearing forces were applied on the CFRP
and glulam around the fasteners perpendicular to
grain[3,7].

deformability. These bearing strengths were almost 2.5
times of glulam without CFRP reinforcement (CF0-3.5d,
3d) or (CF0-7d, 4d) [3,7].

Photo 9: Failure of Fasteners without Reinforcement
Perpendicular to Grain (CF0-3.5d, 3d)

Photo 10: Failure of Fasteners with CFRP Reinforcement
Perpendicular to Grain (CF7-3.5d, 3d)

Figure 10: Loading Test of Fasteners Reinforced with Eventype Cross-laminated CFRP (Perpendicular to Grain)

4.2.4 Results of Loading Perpendicular to Grain
Failures of the shear fasteners inserted into the glulam
are shown in Photo 9, Photo 10 and Photo 11. Photo 9
indicates failures of fasteners without CFRP
reinforcement with a fastener hole of 3.5d end-distance
and 3d edge-distance (CF0-3.5d, 3d). Photo 10 indicates
those with CFRP reinforcement, which uses seven
laminations of CF-sheets with a fastener hole of 3.5d
end-distance and 3d edge-distance (CF7-3.5d, 3d). Photo
11 indicates those with CFRP reinforcement, which uses
7 laminations of CF-sheets with a fastener hole of 7d
end-distance and 4d edge-distance (CF7-7d, 4d). These
photos show those appearances and cross-sections of the
glulam around fasteners. Photo 9 shows glulam where
the fastener was less embedded into glulam, and shows
splitting failure starting from the fastener hole along the
grain of glulam. Photo 10 and Photo 11 show glulam
where the fasteners would be bended and embedded into
the glulam and CFRG. The fastener holes in CFRP were
enlarged to the forced direction by the bending of
fasteners. Splitting in glulam near the glue lines of the
CFRP plates are also observed in Photo 10 and Photo 11.
Measured load-displacement curves are shown in Figure
11 and Figure 12. For the comparison to the other test
results, vertical axes of these figures show single shear
strength of a fastener calculated from the measured
double shear strength of specimens. Even type CFRP
with 7 laminations of CF-sheets and 3.5d or 7d enddistances; (CF7-3.5d, 3d) or (CF7-7d, 4d) in Photo 10
and Photo 11 showed sufficient bearing strengths and

Single Shear Strength (kN)

Photo 11: Failure of Fasteners with CFRP Reinforcement
Perpendicular to Grain (CF7-7d, 4d)

Displacement (mm)

Figure 11: Load-displacement Curves of Reinforced
Fasteners Perpendicular to Grain Loading
in case of 3.5d, 3d end and edge-distances

6
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5.2 CALCULATION METHOD
Single Shear Strength (kN)

5.2.1 Shear Strength of CF Reinforced Fasteners
Figure 14 illustrates single shear model of fasteners
screwed into steel side-plate, CFRP and glulam.
Increasing slip-displacement of fastener heads, the shaft
of fasteners deforms and embeds into the CFRG and
glulam, and enlarge those holes. The enlarged area of
the holes by the shaft of fasteners is the products of slipdisplacement y(x) and length Lci, Lwj of fasteners in touch
with CFRP and the glulam. Embedded cross-sectional
areas Ac, Aw are illustrated in Figure 14. The area Ac, Aw
means embedded areas into the CFRP and glulam
respectively. Reaction forces Rc, Rw in Figure 14 means
reaction forces from the CFRP and glulam. These crosssectional areas are divided into two sections in Figure 14
respectively. Shear strength Q of the fastener is
calculated by Equation (2). Equation (2) indicates that
shear strength Q of the fastener is the minor value of
embedding strength Qcw and strength of screw fasteners
Qscrew. Cross-sectional areas Ac, Aw and reaction forces
Rc, Rw are composed of some sections along the fastener
lengths. These sections are possible to model the
multiple laminations of materials. Figure 14 shows in
case those depths of the CFRP and glulam were divided
into two sections respectively.

Displacement (mm)

Figure 12: Load-displacement Curves of Reinforced
Fasteners Perpendicular to Grain Loading
in case of 7d, 4d end and edge-distances

5 ANARYSIS
5.1 MODEL
Analytical model of CFRP reinforced fasteners is
proposed in Figure 13, which is applicable to the
fasteners in Figure 5. The fasteners are screwed into the
holes on steel side-plates, CFRP and glulam like as
Figure 5. The CFRP for the reinforcement is required to
be glued on the glulam. In the CFRP and glulam,
fasteners are deformed by applied shear force and embed
into the CFRP and glulam, and enlarge the holediameters in CFRP and glulam. This analytical method
use assumptions that bearing strengths of CFRP and
glulam are proportional to the embedded volumes in
CFRP and glulam. It is also assumed that deformation of
the fasteners changes the hole shape along the depth into
exponential function y(x) which is shown in Equation (1)
[8,9]. Distance x in Equation (1) indicates distance from
its tip along the length of screw fasteners. Lp indicate
thickness of the steel side-plate. Lc and Lw indicate
length of the fasteners in CFRP and glulam. These
lengths of Lc and Lw are divided into two sections in case
of Figure 13 respectively.
.

y x  =

ex 1
e 1

Q = minQcw , Qscrew 

(2)
y

Q

Rc1

Ac1
Ac2
AW1

Rc2
Rw1
Rw2

x

AW2

Embedding Curve

(1)

Figure 14: Single Shear Model of CFRP Reinforced Fasteners
Cross-sectional Areas and Reactions

y
LP

5.2.2 Superposition of Reaction Forces on Fasteners
Embedding strength Qcw of the CFRP and glulam is
described in Equation (3). Equation (3) indicates total
reaction force of fasteners is the sum of the reaction
forces from the CFRP and glulam. This method is named
‘Superposition Method of Reaction Forces on Fasteners’.
Equation (4) and Equation (5) indicate reaction forces Rc,
Rw from the CFRP and glulam, that are products of
embedded volume (A x D) and embedding stiffness k of
the CFRP and glulam, where D is diameter of the screw
fasteners. Reaction forces of glulam Rc in Equation (4)
do not exceed yield strength of CFRP yRc. Reaction
forces of glulam Rw in Equation (5) do not exceed yield

Lc1
Lc2
LW1
L
LW2

Embedding Curve

Figure 13: Single Shear Model of Fasteners Screwed into
CFRP Reinforced Glulam and Steel Side-plate
7
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strength of glulam yRw. Sum of reaction forces of the
glulam Rw does not exceed yield strength of screw
fasteners Pscrew2 in Equation (6), because action from
fasteners and reaction forces of the glulam create an
interaction pair. Equations from Equation (7) to Equation
(10) describe embedded areas along the exponential
function y(x) of holes in Figure 14. Yield strengths of
screw fasteners were calculated using AIJ Standard in
Japan [10]. Equations from Equation (11) to Equation
(14) indicate the exponential function y(x), those are
used in equations from Equation (7) to Equation (10).
Equations from Equation (7) to Equation (14) indicate in
case that the number of depth sections in CFRP and
glulam were two respectively.

sPscrew and yPplate are yield shear strength of screw
fasteners and yield bearing strength of side-plate. Pscrew1
in Equation (16) is the yield strength of screw fasteners
between the steel side-plate and CFRP. Pscrew2 in
Equation (17) is the yield strength of screw fasteners in
glulam. D and L in Equation (16) and Equation (17) are
diameter and length of screw fasteners. yw, ys are yield
stress of glulam and yield stress of fasteners [10].

Qscrew = minPscrew1 , Pscrew 2 ,

shear

Pscrew ,

y

Pplate 

⎛ 2 ×  × D2
⎞
ys
Pscrew1 =  y w × D × L × ⎜
+ 2  1⎟
2
⎜ 3× y × L
⎟
w
⎝
⎠
⎛
D
=  yw × D × L × ⎜
⎜LL L
p
c
⎝

⎞
2 ×  ys
⎟×
⎟
3
×  yw
⎠

Qcw =  Rc +  Rw

(3)

Pscrew 2

RCi = Aci × kci × Dci  y Rci

(4)

5.3 EXAMPLES OF CALCULATION

Rw = Awj × k wj × Dwj  y Rwj

(5)

R

(6)
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j
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(8)

√

plate . Yield stress of screw fasteners ys is the same
.
as F of steel, which was 240 N/mm2. Embedding
stiffness kc2 and yield stress yc of CFRP with outer cross
CF-sheet (d=8, 7d) were 339x2/3 N/mm2/mm and
284N/mm2, these are derived from the test results of
CF161-7d in Figure 2. Coefficient 2/3 in the embedding
stiffness of CFRP is a factor adjusting to reflect the gap
between fastener shaft and fastener holes on CFRP.
Embedding stiffness kw and yield stress yw of SUGI
glulam were 14N/mm2 and 21.2N/mm2. Reaction forces
Qcw, Rc, Rw were calculated by the Superposition
Method, and shown in Figure 15. These calculated
values are compared to the load slip-displacement curves
obtained from loading tests of fasteners reinforced by
CFRP with outer cross CF-sheet (CFRG-7d) in Figure 15.
Yield strength Pscrew2 and yield shear strength sPscrew of
screw fasteners are also shown in Figure 15.

(9)

(10)
(11)

Lc 2 + Lw1+ Lw 2
L Lp

e

e

Lw2
L L p

×y

(12)

Lw1 + Lw 2
L  Lp

1
×y
e 1

(13)

Lw 2
L  Lp

1
×y
e 1

(16)
(17)

‘Superposition Method of Reaction Forces on Fasteners’
using assumed deformation of fasteners was applied to
obtain embedding curve yci, ywj, embedded crosssectional areas Ac, Aw, and reaction forces Rc, Rw
respectively. The strength and slip-displacement of
fasteners reinforced by CFRP with outer cross CF-sheet
(CFRG-7d) in Figure 6 were calculated by the
Superposition method, for example. The 1st section Lc1
was not used. But the 2nd section Lc2 was the full depth
of 14 (=1+12+1) laminations of CF-sheets. The 1st and
2nd sections Lw1 and Lw2 of glulam were related to
lengths of the shaft and thread of screws respectively.
Embedding strength Qcw were calculated from reaction
forces Rc, Rw. Yield strength Qscrew of the screw
fasteners and side-plates was calculated using yield shear
and yield bearing stress of sidestress of fasteners

(7)

⎤
⎞
⎟  Lc 2 ⎥
⎟ L  Lp ⎥
⎠
⎦

(15)

(14)

5.2.3 Strength of Fasteners
Equation (15) indicates that strength Qscrew of the screw
fasteners is calculated from the minor strength of yield
strengths Pscrew1, Pscrew2 , sPscrew and cPplate, where
8

WCTE 2016 e-book | 2737

deformability. These bearing strengths were almost two
times of those without CFRP reinforcement.

120
Test CF(1+12+1)

100

Qcw

6.2.3 Cross-laminated CFRP Perpendicular to Grain
In case of 3.5d end-distances, reinforcement of dowel
type fasteners by Even-type CFRP with 7 sheet
laminations was effective to increase those strengths and
deformability. These strengths were almost 2.5 times of
those without CFRP reinforcement. CFRP reinforcement
for the perpendicular to grain loading was much more
effective than those parallel to grain.

Rc

Load (kN)

80

Rw
sPscrew

60

Pscrew2

40
20
0

6.3 CALCULATION OF SHEAR STRENGTHS
0

1

2

3

4

5

The following yields were obtained in each calculation
steps using step by step slip-displacement. Initial yield of
the fastener was bending yield of screws Pscrew2 in
glulam 25.6kN at 0.6mm slip. Next yield strength was
shear yield of screws sPscrew 27.9kN at 0.65mm. Initial
yield of reaction forces of CFRP Rc was 44.5kN at
1.3mm. Next was those of timber Rw 25.6kN at 2.7mm.
These yield strengths and displacements were calculated
by the proposed method and plotted in Figure 15. These
yield strengths were compared to the load-slip
displacement curves by the tests. Calculated stiffness of
Qcw was greater than the test results, but calculated yield
strength was reasonable to the experimental results.

6

Slip-Disp.(mm)

Figure 15: Load –Slip Displacement Curves of CFRP
Reinforced Fasteners by Calculation and Test

6 DISCUSSIONS
6.1 PROPERTIES OF CFRP
6.1.1 CFRP with Outer Cross CF-Sheet
CFRP plate with outer cross CF-sheet upgraded bearing
strengths around 1.5 times than those of CFRP plate
without cross CF-sheet in case of 7d end-distances.
CFRP plate with outer cross CF-sheet upgraded also
deformability of fasteners almost two times than those
without outer cross CF-sheet. Cross CF-sheet included in
the CFRP plates was effective to increase bearing
strengths of CFRP plates.

7 CONCLUSIONS
Reinforcement of timber joints using Carbon fibres were
conducted to improve mechanical properties of those
strengths and ductility. CFRP plates were developed for
the reinforcement of timber joints, which consist of
laminated CF-sheets oriented in the parallel and cross
directions. CFRP plates with outer cross CF-sheet and
cross laminated CFRP plates were developed, and those
bearing capacities were measured. CFRP plates with
outer cross CF-sheet and Even-type cross-laminated
CFRP plates provided suitable properties on strengths
and deformability in case end-distance of fastener holes
was 7d. Single and double shear capacities of the dowel
type timber joints reinforced with CFRP plates were
examined. The CFRP plates were glued around fasteners
on the surface of timber, and the fasteners were inserted
through the CFRP plate and timber. CFRP plate with
outer cross CF-sheet and Even-type cross laminated
CFRP plate were applied for the reinforcement of timber
joint and those were tested. Ultimate strengths of joints
reinforced by CFRP plate with outer cross CF-sheet and
7d end-distances was almost 1.5 to 2 times of those
without CFRP reinforcement. Reinforcement with Eventype cross laminate CFRP plate loaded for parallel to the
grain provides almost two times strength than those
without CFRP reinforcement. Reinforcement using
Even-type cross laminated CFRP plate loaded for
perpendicular to the grain provides almost 2.5 times
strengths than those without CFRP reinforcement.
Analytical model of shear fasteners reinforced with
CFRP plates was proposed, and Superposition Method to

6.1.2 Cross-laminated CFRP
Bearing strengths of two CFRP plates; cross laminated
CFRP plate of Even-type and Odd-type were compared
in the loading tests. Both CFRP plates had seven
laminations of CF-sheet. Even-type cross-laminated
CFRP provide more strengths and deformability than
those of Odd-type. Although bearing strength of Eventype CFRP plate was less than those of eight laminations
CFRP plate with outer cross CF-sheet, the Even-type
CFRP deformed more than CFRP plate with outer cross
CF-sheet.
6.2 REINFORCEMENT OF FASTENERS
6.2.1 CFRP with Outer Cross CF-Sheet
In case of 7d end-distances, ultimate strength of screw
fasteners reinforcement by CFRP with outer cross CFsheet was 46.7kN. That was 1.5 times of those without
CFRP reinforcement. Stiffness of screw fasteners
reinforced by CFRP with outer cross CF-sheet was 13.9
kN/mm. That was 1.9 times of those without CFRP
reinforcement. Timber fasteners were reinforced
effectively by CFRP with outer cross CF-sheet.
6.2.2 Cross-laminated CFRP Parallel to Grain
In case of 3.5d end-distances, reinforcement of doweltype fasteners by Even-type CFRP with 7 sheet
laminations increased both of bearing strengths and
9
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calculate yield strengths of reinforced fasteners was
proposed. Calculated strengths by the method was
reasonable to the test results.
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FLEXURAL STRENGTH EVALUATION OF STEEL JACKETED SPLICEJOINT TIMBER BEAMS
Hongmin Li1, Hongxing Qiu2, Wenbo Wang3
ABSTRACT: Damage and partial damage conditions can be found in connection points of beam ends in historical
Chinese timber buildings. There is a need to study retrofit techniques to repair these elements. In this study,
experimental analysis was performed to investigate the mechanical properties of splice-jointed beam in which joint was
reinforced by steel jacket. In total 14 timber beam specimens were tested, including 2 reference beams, 10 beams with
splice joint at mid span and strengthened with steel jacket, and 2 strengthened beams further reinforced by injection of
adhesive between the steel jacket and the beam. Material properties tests were also conducted on specimens from
individual timber beams and the results were employed in the beam analysis model to reduce the influence of variability
in the timber material properties. The experimental results showed that the use of long steel jacket and the use of
adhesive are two key factors that can improve the mechanical behaviour of the strengthened specimens. The loadbearing capacity of the retrofitted beam specimens restored to 17.8% to 53.5% compared to that of reference specimens.
KEYWORDS: Splice joint, Timber beam, Ancient building, Steel jacket, Bending

1 INTRODUCTION 123
Structural elements in historical Chinese timber
buildings often suffer from partial damage due to various
reasons related to aging and decay near the end of the
members. As a retrofitting option, the damage portion
can be removed and splice joints are sometimes used to
connect new replacement part to the original part while
keeping as much as possible the original material and
elements. This method together with circular steel
bands/hoops is widely used to repair timber columns in
China [1, 3] (Fig. 1). The knowledge of bending
capacity of this kind of splice joint is lacking. The heavy
timber framed buildings and bridges use wooden joinery
to enable cuts in the ends connection. The flexural
performance of different scarf joints with shear keys and
joints with glued-in rods were also investigated by many
scholars for retrofit applications in beams [4-9].
Halved and tabled scarf joints were studied in field
experiments and numerical models for the global
condition assessment of historic timber bridges [4]. The
impact of scarf joints on global truss stiffness was
analysed.
The behaviour of a halved and tabled scarf joint was
studied as an isolated structural component [5]. The
shear failure parallel to grain and tension failure
perpendicular to grain was identified as the main failure
mode in experiment. The author proposed that design

and rehabilitation of this kind of joint should take both of
bending and axial tension forces into consideration.
The parameters analysis of a lapped scarf joint with
inclined contact faces and wooden dowels was studied in
experiment and numerical analysis [6]. It is a commonly
used connection for repairing damaged beams in
historical structures. The lapped scarf joint with 3
wooden dowels that is 1.38m long and located at 1/5L
from support is the most efficient joint for the beam-end
reparation. The strength of jointed beams could recover
to 65% to 75% of the original beams’ strength.
The glued-in ribbed steel bars also used in timber
beam-beam connection and was analysed experimentally
and numerically [7]. The internal stiffness distribution
between steel and timber in bending causes two different
failure modes. The initial stiffness and ultimate moment
of the glued-in rods connection was predicted
numerically.

Original Part
Steel hoop
New Part

1
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Figure 1: Splicing column
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This paper presents an alternating method for beam
retrofit using a splice joint strengthened by a steel jacket
with and without adhesive. Four-point bending test were
conducted to evaluate the bending performance of
reference beams and retrofitted beams. The experimental
results are reported in terms of failure modes, ultimate
strength capacity, load-deflection curves and stiffness
behaviour. Finally the results are evaluated to consider
the effectiveness of this type of connection.







(a) Group R

 



 









2 EXPERIMENTAL SET UP





(b) Group M

  









 






In total 14 timber beams specimens were tested,
including 2 reference beams having single segment
(designated as Group R), other 10 beams (series B2-B6)
with splice joint at mid span and strengthened with steel
jacket without adhesive (Group M), and 2 strengthened
beams (series B7) further reinforced by injection of
adhesive between the steel jacket and the wood (Group
N). In addition, the connector of steel jacket and uneven
contact between jacket and wood will influence the
behavior of the joint. In order to avoid the influence of
uneven intact between the closure mouth of jacket and
column, the steel jacket was replaced by steel shoes in
the experiment. The beams were rectangular in crosssection of 100mm×150mm，have the same length of
2300mm. The Bazhang tenon was used as the scarf joint.
Fig.2 shows the configuration of the jointed beam
specimens and details of joints. Ls and Lt denote the steel
jacket length and splice length, respectively. Le = (Ls-Lt)
/2 denotes the length steel jacket extended beyond the
splice. Results of the moisture content, density, flexural
strength and modulus of elasticity, of the small clear
wood elements obtained from the large specimens were
also measured and reported.
There were two beams in each of the 12 series (B2-B7).
The 10 specimens in Group M were further divided into
2 sub-groups, with different splice length and/or jacket
length to examine their influences on the retrofitting
effects. Namely, Group M1, B2-B4, Le = 50-150 mm, Lt
= 300; Group M2, B3 and B5-B6, Le = 100mm, Lt =
100-300. Similarly, Group N, B7, Le = 100mm, Lt =
300mm. The dimension of column specimens is in Table
1.
In Group R, 2 specimens were evaluated to determine
the strength capacities and stiffness of intact beams
(reference). In Group M1, 6 specimens (series B2-4)
were evaluated to determine the effect of extra steel
jacket length (length of steel tube beyond the lap joint)
on strength capacities and stiffness of the jointed
columns without epoxy. All variables except extra steel
pipe length were held constant. Extra steel pipe length
(Le) varied from 50mm to 150mm. In Group M2, 4
specimens (series B3, B5 ， B6) were evaluated to
determine the effect of splice length on strength
capacities and stiffness of the jointed beams without
epoxy. Splice length varied from 100mm to 300mm
while extra steel pipe length was held constant at 100mm.
The Group N was evaluated to determine the effect of
adhesive on strength capacities and stiffness of the
jointed beams.



 





(c) Group N
Figure 2: Configuration of the jointed beams
Table 1: Details of splice and steel jacket lengths

Series
B2
B3
B4

Le
(mm)
50
100
150

Lt
(mm)
300
300
300

Series
B5
B6
B7

Le
(mm)
100
100
100

Lt
(mm)
100
200
300

The Chinese fir (Cunninghamia lanceolate), one of the
most significant timber species used widely in Chinese
ancient building, was used in this study. Material tests
included the determination of the wood’s moisture
content (MCod = 10.8%) and density (q = 380 kg/m3).
The age of the wood was estimated to be 10-12 years.
Because of the variation of the material properties in
natural timber, material samples were taken from each
beam specimen and tested to determine the material
properties, which were later used to minimise the
influence of material property variation on test results.
The flexural strength and modulus of elasticity along the
direction parallel to grain were determined from these
tests. A total of 140 flexural tests were performed.
Samples with cross-sections of 20 mm ×20 mm were
used. Specimens used in flexural tests were defined
according the ISO 3349 standard [10]. Test of flexural
strength and flexural modulus of elasticity for wood was
shown in Fig. 3. The experimentally determined
properties of the timber materials are shown in Table 2,
in which fw and E denotes the flexural strength and
flexural modulus of elasticity, respectively.
Rectangular steel tube of 150mm×100mm×4mm was
used to reinforce the wood element specimens. The
properties of the steel tubes were determined from the
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tests of 5 samples [11]. In order to obtain the precise
property of steel tube, the test specimens for material test
were taken from the three sides of the tubes. The cross
strain gauges were used to measure the strain of mid area
in pure tension and calculate the poisson's ratio. The
small steel specimens and tension test of specimens are
shown in Fig.4 and Fig.5. The properties of the glue
were determined in accordance with the standard
GB50367-2006 [12].The summary of the results is listed
in the Table3. For those specimens where the steel jacket
were bonded to the timber joint, the internal surfaces of
the steel tubes were polished by steel brush and then
carefully degreased with acetone before bonding. The
adhesive used was a typical epoxy for structural
strengthening.

Figure 4: The small steel specimens for material test

Figure 5: The test of material properties of steel
Table 2: Material properties of wood in beams

Flexural strength fw
(MPa)
RB-1
74.50(13.0)a
RB-2
69.63(10.8)a
B2-1
62.56(8.5)a
B2-2
62.49(3.6)a
B3-1
77.48 (8.8)a
B3-2
54.50 (1.6)a
B4-1
62.06 (5.9)a
B4-2
71.10 (7.9)a
B5-1
90.99(4.2)a
B5-2
99.76(10.8)a
B6-1
56.73(5.8)a
B6-2
89.04(8.7)a
B7-1
73.37(7.9)a
B7-2
89.87(19.1)a
a Standard deviation in (MPa).
Beam

(a)

Flexural modulus of
elasticity E (MPa)
8888 (1093 )a
7433(990)a
8233(1052)a
8398(1253)a
9092(1200)a
7491 (834)a
7311 (797)a
6749 (797)a
9865(693)a
9312(976)a
5838(634)a
9404(1262)a
7699(987)a
9095(1397)a

Table 3: Material properties of steel and epoxy

(b)
Figure 3: Test of flexural strength and flexural modulus of
elasticity for wood

Modulus of
elasticity
(MPa)
Rectangular
202000
steel tube
(6771)a
Epoxy
2737.3
a Standard deviation in (MPa).
Material

Tensile
strength
(MPa)
318.12
(11.8)a
41.3

Compressive
strength
(MPa)
93.8
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The loading configuration and the arrangement of
displacement transducers are shown in Fig. 6. Loading
was controlled by an electro-hydraulic servo machine
made by Hangzhou Bangwei Electromechanical Control
Engineering Co., Ltd. with a crosshead movement rate of
0.2 mm per minute (Fig. 7). The loading displacement
(also ultimate force Fu) value was recorded by means of
a PC and a DH3816n Static Strain Testing System made
by Jiangsu Donghua Testing Technology Co., Ltd. The
beam displacement at mid-span and at the supports was
measured by displacement meter. The strains parallel to
the grain in the wood medium were recorded by a series
of 120-50AA resistance strain gauges attached to
embedded grooves in the wood at mid span (Fig. 8). The
grooves were provided to avoid contact between the steel
jacket and the strain gauges.

Figure 6: Loading configuration of tested beams

Figure 7: Bending test of RB-2

3 RESULTS AND DISCUSSIONS
3.1 FAILURE MODES
The specimens showed different failure modes, as can be
seen in Fig.9. Failure of the series R (reference beams)
beams initiated in tensioned edge fibres, was followed
by extension of the crack initiated diagonally through the
compressed zone (Fig. 9a). In addition, the crack
initiated near the knots, if there are knots in the tension
area.
Fig. 9b shows the failure mode of a specimen from
series B2 in M-group with relatively short Le. The
bottom corner (tension area) of the right side splice joint
started to pull away from the steel jacket. Then the steel
jacket began to crush the wood on top of the joint.
Finally the entire bottom corner (tension side) of the
right side splice joint was pulled away out from the steel
jacket completely and the upper long arm of the splice
fractured (Fig.10). It is noted the step corner of right side
splice joint happened tension crack in perpendicular to
grain during this process. The transverse fiber in down
side of long half part of splice joint has been compressed
to plastic state and represented the trace of friction
behaviour from the Fig.11.
When the extra steel jacket length is long enough (series
B3-B6), the failure pattern was similar to B2 in the
initial stage. But the long splice joint located in
compressed zone was fractured without the pull-out of
the short splice joint in the second stage (Fig. 9c). It is
noted the step corner of right side splice joint also
happened from tension crack in perpendicular to grain in
this process. Then there is the crack in tensioned edge
fibres
The failure modes of jointed beams with epoxy (Group
N) are shown in Fig. 9d. The crack of epoxy initiated in
the first stage of failure in the series B7 beams was the
bottom edges between the steel jackets upper edge of
long half part of splice joint followed by the glue of side.
Then the failure was observed at the epoxy/wood
interface, meanwhile the bottom of long half part of
splice joint dislocated followed by failure of the tension
zone and the tube edged in shoulder and adhesive of long
half part of splice joint of the compressed zone with the
crack extending through the compressed zone.

(a) Front Side

(b) Back side
Figure 8: Sample taken from the right half of B3-1

(a) Series R
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(b) Series B2

Figure 11: The pull-out of short splice joint

3.2 ULTIMATE STRENGTH CAPACITY
A coefficient (Fu/Sfw) is adopted to assess the strength of
the specimens due to comparison of ultimate bearing
capacity (Fu) is unreasonable. Table 4 shows the average
bearing capacity factor of each group member
(Fu/Sfw)mean and capacity recovery rate ΔFu relative to
the reference beam on equation (1).
Table 4: Ultimate force, restoration in load–bearing capacity

(c) Series B3-B6

Beam
series
RB
B2
B3
B4
B5
B6

(d) Series B7

B7

Beam
RB-1
RB-2
B2-1
B2-2
B3-1
B3-2
B4-1
B4-2
B5-1
B5-2
B6-1
B6-2
B7-1
B7-2

Figure 9: Failure modes of tested beams

Pu 

Fu
(kN)
40.9
33.8
5.1
4.4
6.8
6.6
13.2
8.8
15.8
17.9
7.4
14.7
17.9
15.0

Figure 10: The right part of B2-2

1.5E-03
1.3E-03
2.6E-04
2.3E-04
2.8E-04
3.9E-04
6.9E-04
4.0E-04
5.6E-04
5.8E-04
4.2E-04
5.3E-04
8.7E-04
6.0E-04

( F u / Sf w ) B 2  B 7 , mean
( Fu / Sf w ) R，mean

S

Mean

ΔFu
(%)

1.4E-03

—

2.5E-04

18

3.4E-04

24

5.4E-04

39

5.7E-04

41

4.8E-04

35

7.4E-04

53

Fu/Sfw

bh 2
6

 100%

(1)

(2)

where Fu is the ultimate force, S is the sectional modulus
of the wood member, and fw is the clear wood flexural
strength, (Fu/Sfw)R, mean and (Fu/Sfw)B2-B7, mean is the
average bearing capacity factor for reference beams
(RB1 and RB2) and splice beams (series B2-B7),
respectively.
The results showed that the 10 jointed beams without
epoxy could restore the bending capacity in a range of
17.8% to 41.3% compared to the reference case. The
two jointed beams with epoxy could restore their
bending capacity to 53.5% of the reference beams. This
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steel jacket (series B3-6) was 70-80% lower (Table 5)
than that of the reference beams. The stiffness of the
beams strengthened with steel jacket and epoxy (series
B7) increase by 0.2-7.4% under load F=5-15kN. It is
important to note, however, that tests were carried out
for only two specimens in each category.

30

10
0

E(RB3,B2-B7)
ERB1

(4)

where w and wr are the mid-span deflection and relative
mid-span deflections; nE is the coefficient of flexural
modulus of elasticity ; E(RB2,B2-B7) is the flexural modulus
of wood for RB-2 and series B2-B7, ERB1 is the flexural
modulus of wood for RB1.
Table 5 shows relative mid-span deflections (wr) on the
on Eq. (3) and increases in stiffness at different load
levels: F = 5, 10, 15 kN. Under load F = 5 kN (about 1/7
of the ultimate force for the unreinforced reference
beams) relative stiffness of the beams strengthened with

0

20

40

60

80

Mid-span deflection w (mm)
Fig. 12 Load versus mid-span deflection curves for Group R
and Group M1

RB-1
RB-2
B4-1
B4-2
B5-1
B5-2
B6-1
B6-2

Loading force F (kN)

40
30

L/167
L/250

20
10
0

0

20

40

60

80

Mid-span deflection w (mm)
Fig. 13 Load versus mid-span deflection curves for Group R
and Group M2

40

Loading force F (kN)

nE 

L/167
L/250

20

3.3 STIFFNESS BEHAVIOUR
Curves fitted to results for Group R and Group M are
shown graphically in Fig. 12 and Fig. 13. It is clear that
the stiffness for Group M were obvious lower than that
of Group R due to the discontinuity of fibre parallel to
grain of wood in the joint. Fig. 12 shows the stiffness of
reinforced beams increases with the length of extra
length of tube due to increase of the friction between
wood beam and steel jacket.
Fig.14 and Fig. 15 show the load-mid-span deflection
curves and relative load-mid-span deflection curves for
Group R and Group N, respectively. The latter had been
normalized and eliminated the discreteness of
compressive modulus of elasticity parallel to grain of
wood on Eq. (3) and Eq. (4). The stiffness comparison
can be seen more clearly and accurately than that of the
former. The stiffness of jointed beams with epoxy was
higher than that of beams without epoxy and approached
that of Group R. In addition, deflection limit of L/250 for
ceilings and L/167 for repaired old structures [13], are
marked out with vertical lines. The trend lines are close
to each other in elastic phase for different series and
stiffness for series B7 can be restored to those of the
reference beams in the deflection limit range. This could
be explained that the epoxy reinforces the broken fiber
and the adhesive is higher than the friction from steel
hoop surrounding the beams.
(3)
wr  wnE

RB-1
RB-2
B2-1
B2-2
B3-1
B3-2
B4-1
B4-2

40

Loading force F (kN)

shows that epoxy between steel jacket and beam could
effectively improve load-bearing capacity. However,
there is a considerable discrepancy between the ultimate
force values for the particular models, especially for the
beams of series B3 and B4, for which the values from
two tests differ by 39-72%. Differences in load-bearing
capacity, due to large fabrication error weakening the
section of reinforced beams, in additional to the different
wood defects.
When splice length keeps 300 mm, the obtained loadbearing capacity from the series B2-B4 beams increased
with length steel jacket extended beyond the splice (Le).
The relationship between splice length and load-bearing
capacity is not clear because of discrepancy due to
fabrication error. The epoxy adhesive pouring between
steel hoop and beam surface could effectively improve
load-bearing capacity based on the test result of series
B3and B7 beams.

RB-1
RB-2
B7-1
B7-2

L/167

30

L/250

20
10
0

0

10

20

30

40

50

60

70

Mid-span deflection w (mm)
Figure 14: Load versus mid-span deflection curves for series
B7
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Table 5: Mid-span deflections of tested beams and increases in relative stiffness for particular series at different load levels

Beam
RB-1
RB-2
B2-1
B2-2
B3-1
B3-2
B4-1
B4-2
B5-1
B5-2
B6-1
B6-2
B7-1
B7-2

RB
B2
B3
B4
B5
B6
B7

Increase in
relative
stiffness
(F=5kN) ΔEI
(%)
—
—
-78.8
-67.2

-68.7
0.2
RB-1
RB-2
B7-1
B7-2

L/167
30 L/250
20
10
0

0

10

20

30

40

50

60

Increase in
relative
stiffness
(F=10kN) ΔEI
(%)

70

Mid-span
relative
deflection
(F=15kN) w
(mm)
11.5
12.59
—
—
—
—
—
—
66.70
27.16
—
—
11.78
11.71

—
—
—
—

38.86
22.00
—
29.41
7.21
7.77

-75.3

40

Loading force F (kN)

Mid-span
relative
deflection
(F=10kN) w
(mm)
7.57
8.52
—
—
—
—
30.76

-73.6
—
7.4

Figure 15: Relative load versus mid-span deflection curves for
series B7

—
—
—
—
-74.3
—
2.6
F=5kN
F=10kN
F=15kN
F=20kN
F=25kN
F=30kN(0.9Fu)

12
10
8
6
4
2

80

Mid-span deflection w (mm)

Increase in
relative
stiffness
(F=15kN) ΔEI
(%)

14

Depth of beam h (mm)

Beam
series

Mid-span
relative
deflection
(F=5kN) w
(mm)
3.63
4.32
21.40
—
21.24
16.25
13.43
10.78
21.61
10.48
11.37
13.97
3.14
4.81
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0

0

1000 2000 3000 4000

Strain in wood  (μm/m)

(a) RB-1

3.4 ANALYSIS OF STRAIN
The distribution of strains ε (h) in beams (RB-1, B2-2,
B6-2, B7-1) under different levels of load are shown in
Fig.8. The value of strains was obtained by resistance
strain gauges stuck on the sides of the beams at their
mid-span groove (Fig. 8).
From the diagrams of strain ε (h) (Fig.16) one can draw
the following conclusions:
-The ε (h) curves of beam RB-1 are linear in prime
period of load and the compression zone of the tested
beam turns into plastic phase firstly.
- The beams reinforced with steel jackets performed as
two dependent beams and the strain is discontinuous.
The distribution of strains in the mid-span does not meet
plane section assumption.
- Adhesive application could improve the integrity of
splice joints, however the plane section assumption still
is unsuitable.
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epoxy can restore 53.5% of the bending strength and
100% of the stiffness compared to the referenced beams
up to the deflection limit.
This connection mode of splicing joint reinforced with
steel jacket provides limited friction and the stiffness
difference of materials case the disagreement of
deflection. It is more suitable for columns and allows
preserving more of the original column material model.
Base on the function of the adhesive in this kind of joint,
how to ensure integrity of the two parts splicing joints is
the key for performance for the jointed beam in future.
In addition, the crack in perpendicular to grain is also
influence the joint behaviour. The nail or self-tapping
screw could be used inside the steel jacket to enhance the
connection between the splice joints [14].
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(d) B7-1
Fig.16 Strain in wood in bent section at mid-span

4 CONCLUSIONS
Keeping as much the original materials and elements as
possible is a basic principle in heritage conservation of
ancient buildings. Replacing historic timber structures in
their entirety with new ones is the least desirable
approach. This paper investigates a type of jointing
methods to be applied in situations where partial
replacement of beam member may be considered.
Experimental tests on jointed beams provided data that
was used to analyse failure patterns, strength, stiffness
and the strain distribution. With strain gauges attached to
internally embedded groove in splice joint, it was
understood how stress distributed in the joints.
The key parameters influencing performance of jointed
beam were identified. The length of steel jacket extended
beyond the splice and adhesive have positive influence
in strength and stiffness of the joint beams. The joints
with epoxy assure continuity of the cross section and a
uniform interaction between the original and the
reinforcing elements, which is practically impossible to
achieve using only mechanical connectors. Based on the
findings, it can be seen that the jointed beams with

This work was financially supported by the Twelfth
Five-Year National Science and Technology Support
Program (2012BAJ14B02), the Ph.D. Candidate
Research Innovation Fund of Southeast University
(KYLX15_0078), A Project Funded by the Priority
Academic Program Development of Jiangsu Higher
Education Institutions (CE02-1-36).

REFERENCES

[1] Bingjian M.: Construction technology of Chinese
ancient timber structures. Sience Press, Beijing,
2003 (in Chinese).
[2] Qing-feng X.: Experimental study of circular wood
column repairing with tendon and mortise joint.
Building Structure. (2):170-172, 2012 (in Chinese).
[3] GB 50165-92. Technical code for maintenance and
strengthening of ancient timber buildings. Chinese
national standard. China Architecture & Building
Press, 1992 (in Chinese).
[4] Sangree R H, Schafer B W. Field experiments and
numerical models for the global condition
assessment of historic timber bridges. J Bridge Eng,
ASCE Manuscript Number BE/2006/023281.
[5] Sangree, R. H., Schafer, B. W.: Experimental and
numerical analysis of a halved and tabled traditional
timber scarf joint. Construction and Building
Materials, 23(2):615-624, 2009.
[6] Arciszewska-Kędzior, A., Kunecký, J., Hasníková,
H., Sebera, V.: Lapped scarf joint with inclined
faces and wooden dowels. Experimental and
numerical analysis. Engineering Structures, 94, 1-8,
2015.
[7] Xu, B. H., Bouchaïr, A., & Racher, P.: Analytical
study and finite element modelling of timber
connections with glued-in rods in bending.
Construction and Building Materials, 34, 337-345,
2012.
[8] Sangree R H, Schafer B W.: Experimental and
numerical analysis of a stop-splayed traditional
timber scarf joint with key. Construction and
Building Materials, 2009, 23(1): 376-385.
[9] Jasienko J. :Glue joints used for reinforcing the
damaged ends of wooden beams. Structural
engineering international, 2001, 11(4): 246-250.

WCTE 2016 e-book | 2747

[10] GB/T 1936.2-2009. Method for determination of the
modulus of elasticity in static bending of Wood.
Chinese national standard. China Standard Press,
2009 (in Chinese).
[11] GB/T 228-2002. Metallic material-Tensile testing at
ambient temperature. Chinese national standard.
China Standard Press, 2002 (in Chinese).
[12] GB50367. Design code for strengthening concrete
structure. Chinese national standard. China Standard
Press. China Architecture & Building Press, 2006
(in Chinese).
[13] Polish Standard PN-EN.Europcode 5: design of
timber structures-part 1-1: general common rules
and rules for buiding,1995-1:2010.
[14] Gehloff M, Closen M, Lam F. Reduced edge
distances in bolted timber moment connections with
perpendicular to grain reinforcements. In: WCTE
2010.

WCTE 2016 e-book | 2748

INFLUENCE OF AN AFRP RETROFIT SOLUTION WHEN APPLIED TO
TIMBER FRAMED MASONRY PANELS
Andreea Dutu, Hiroyasu Sakata, Yoshihiro Yamazaki, Tomoki Shindo
ABSTRACT:
Although the timber framed masonry (TFM) structures are usually an earthquake resistant traditional architecture, for
some of them the construction details are poor. Connections are the weakest parts of the system, especially the bottom
ones, at every floor level or at the connection with foundation, and if not executed properly, the entire safety of the
structure may be in danger. To solve this problem, a retrofit solution was investigated and uni-directional AFRP sheets
were applied on full scale timber framed masonry wall parts (one module and four modules) and in-plane static cyclic
tests were conducted. The test results showed the efficiency of the retrofit solution. The paper presents a discussion on
the contribution in strength and ductility of one diagonal AFRP sheet, and also the influence of the main parameters
(thickness of the aramid sheet and corresponding bonding area).

KEYWORDS: retrofit, timber, masonry, AFRP

1 INTRODUCTION 123
Although the timber framed masonry (TFM) structures
are considered earthquake resistant, for many of them the
construction details are poor. Connections are weakest
parts of the system, especially the bottom ones, at every
floor level or at the connection with foundation. Also, in
past earthquakes out-of-plane collapse was observed
usually for the upper masonry panels, though without
causing a general collapse of the building [1].
Since for some countries the system can be found in
heritage buildings, a retrofitting solution was studied in
order to improve the behavior of timber framed masonry
structures.
The experimental tests were conducted in Japan, where
masonry structures are quite scarce, thus workmanship
and materials are not easy to find, therefore the
specimen’s construction details were chosen based on the
Portuguese timber framed masonry heritage buildings
type (Pombaline), as a continuation of previous studies [2],
but without the timber diagonals (St. Andrew’s cross).
The structure without the diagonals can be found in other
countries’ timber framed masonry buildings, like
Romania, Nepal, or China.
The connections were cross-halving type that is common
for many of the TFM structures (Portuguese, Italian,
Haitian, etc.) [3; 4; 5].
1 Andreea Dutu, Technical University of Civil Engineering
Bucharest, andreea.dutu@utcb.ro
2 Hiroyasu Sakata, Tokyo Institute of Technology, Japan,
sakata.h.aa@m.titech.ac.jp

The experiments described in this paper were the second
phase of a project that studied the mechanical behavior
when subjected to lateral force for TFM [5].
AFRP sheets (uni-directional) were applied on two types
of TFM specimens (1 module and 4 modules), and the
results of static cyclic tests under in-plane loading are
further observed and discussed.

2 EXPERIMENTAL TESTS
Four specimens were tested and compared, at two
different levels. First, one panel specimens (one module)
were tested, with and without retrofit, and afterwards, four
panel specimens (four modules) were tested in static
cyclic loading (Fig. 1).
The parameters that were studied were the thickness of the
AFRP sheet, the corresponding bonding area, and the
influence of the retrofit solution on the ductility and
damage pattern. In the same time, the contribution of one
aramid sheet to the strength of the specimen was
observed.
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TFM-CH

TFM-CH-AFRP 5 cm

S2

S5

Figure 1: Experimental study on timber framed masonry
(TFM-CH and S2), timber framed masonry retrofitted with
uni-directional sheet (TFM-CH-AFRP and S5), at two scales
of TFM panels (1 module and 4 modules)

structure), but instead of having 3 masonry panels per
height, the present experimental study’s specimens’ was
erected with only 2 panels per height due to space
limitation of the testing facility. The tests were carried out
on a reaction frame having an actuator with a capacity of
200 kN and a jack’s stroke of 500 mm. A vertical force
was initially introduced through pretension steel tie rods
and uniformly distributed on the top of the specimen using
steel plates connected to the upper beam with screw nails.
This value was calculated as the equivalent force acting
on a first floor wall in a four story tall building. The
vertical force was uniformly distributed on the top of the
wall specimen using steel plates connected to the upper
beam with screw nails. Out of plane deformation was
restrained using four jigs with rollers to avoid friction at
the top of the wall for S2 and with two steel beams on
which teflon sheet was applied to reduce friction (TFMCH, TFM-CH-AFRP 5 cm, S5), respectively. Setup is
shown in Fig. 4.

The wall specimens had the same dimensions for the tests
with and without retrofit, as shown in Figure 2 and Figure
3.

Figure 4: Test setup scheme [6]
The CUREE – Caltech standard protocol for wood frames
was used with a loading history consisting of initiation
cycles, primary cycles and trailing cycles (Figure 6).

Figure 2: Not-retrofitted specimen TFM-CH (one
module)

Figure 5: Loading protocol [6]

Figure 3: Not-retrofitted specimen S2 (four modules)
The size of the panels was according to the real scale of a
Pombaline structural wall (Portuguese type of TFM

The aramid fiber sheets used were uni-directional. The
tensile capacity provided by producer was 90 tf/m, the
Young’s modulus was 118 kN/mm2 and the thickness of
the sheet was 0.430 mm. Application procedure is shown
in Fig. 6.
The sheets were attached by means of epoxy resin, after
previous application of a primer and epoxy glue which
helped to uniform the surface of the masonry and also
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areas at the corners of the infills and the timber frame’s
connections.

Figure 9: Layout of the measurement devices [7]- S5
Figure 6: Application of the AFRP sheet on S3 and S4,
respectively [7]
The width of all the sheets for TFM-CH-AFRP was 5 cm
and the lengths differ as shown in Fig. 7, while for S5 the
width of the sheets was 10 cm. Fig. 8 shows the
dimensions and layout of the AFRP sheets applied on the
specimen S5.

Figure 10: Layout of the measurement devices [7]- S5

3 TEST RESULTS
Figure 7: Dimensions and layout of the AFRP sheets –
TFM- [7]

One module specimens
The comparison at the one panel level (Fig. 11) in terms
of force – share angle shows that the aramid sheet is
contributing only to the strength increase of the specimen
until aramid breaks. The retrofit experiment was stopped
at 0.05 radians, while the non-retrofitted one was
continued until 0.08 radians.

Figure 8: Dimensions and layout of the AFRP sheets –
S5 [7]
The strain in the AFRP sheets was measured by means of
strain gauges, uni-directional, bi-directional and threedirectional type positioned as shown in Fig. 9 and Fig. 10,
respectively.

Figure 11: Comparison of envelope curves between TFM-CH
and TFM-CH-AFRP

The AFRP strips failed due to the cracks caused by
compression in reverse cycles along the diagonal of the
masonry panel.
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Figure 12: Fracture of the AFRP sheet on the front side of the
bottom connection (TFM-CH-AFRP)

Figure 14: Comparison of envelope curves between S2 and S5

The AFRP strips failed in a different way, depending on
the side of the specimen that they are applied on. On the
front side, the vertical and diagonal sheets were subjected
to tensile force, due to the uplift tendency (Fig. 15, 16 and
17).

Figure 13: Fracture of the AFRP sheet on the back side of the
bottom connection (TFM-CH-AFRP)

The damages during the tests indicate that not all the
sheets are loaded. The diagonal, the vertical on front
bottom connection and the horizontal on the back bottom
connection are showing cracks or exploded during the last
cycles.
The masonry panel separated from the timber frame from
early cycles. The cracks in the masonry are similar for
both specimens.
Four module specimens
For the four panels’ level, a high ductility increase can be
observed (Fig. 14). The retrofitted specimen deformed
until 0.06 radians without a major decrease in strength. At
this value of the drift, the stroke of the jack had finished,
for the available setup. The maximum strength was
around 150 kN. The damages first appeared in the
masonry panels, both bottom and upper ones, and around
0.03 radians, the AFRP strips started to fracture. After the
failure of the AFRP strips, the system continued to work
at an average strength of 130 kN until the stop of the
experiment.

Figure 15: Damages of the AFRP sheets on the front side (S5)

Figure 16: Fracture of the AFRP sheet on the front side of the
bottom right connection (S5)

WCTE 2016 e-book | 2752

Figure 17: Fracture of the AFRP sheet on the front side of the
bottom left connection (S5)

Figure 19: Testing scheme to determine the pull off strength of
AFRP-masonry prism assemble

On the backside (Fig. 18), the horizontal sheets were
mostly subjected to shear force. The general tendency was
that the sheets detached first from the masonry panels, due
to the irregularity of the surface, so the strength of the wall
depended mainly on the bonding strength between the
AFRP sheet and the timber element.

The tensile stress applied to the AFRP, being the force
recorded by the testing machine, that caused failure of the
strengthening is showed in Table 1.
Table 1: Test results for pull-off test AFRP-masonry

Specimen

Tensile stress
[N/mm2]

Bonding strength
at the loading end
[N/mm2]

1

408,8

1,21

2

483,8

1,43

3

570,1

1,69

4

553,0

1,64

5

623,1

1,85

Average

Figure 18: Fracture of the AFRP sheet on the back side of the
bottom right connection (S5)

The sheets on the masonry panels contributed more to the
stiffness of the wall, considering the fact that after these
detached, the stiffness started to decrease until the fracture,
when the behavior was based on the timber and masonry
assemble alone, without the contribution of the sheet.

4 BONDING
MASONRY

STRENGTH

527,8
1,57
CoV
15,7%
The debonding occurs mainly by detaching the sheet with
thin layers of brick and mortar on it. However, as it can be
recognized in Fig. 19, on some areas, mostly next to the
loaded end of the sheet, there is no brick or mortar layer
detached. This failure mode does not influence the tensile
strength of the AFRP that produces the debonding.

AFRP-

Material tests were conducted in order to identify the
bonding strength between the AFRP and the masonry,
considered an important parameter in the behavior of the
retrofitted walls and in the effectiveness of the fiber.
Masonry prisms on which AFRP sheets were attached
were tested by pull-off of the sheet. The specimen layout
and testing scheme are shown in Fig. 19.

Figure 20: Failure modes of all tested specimens

Bonding stress distribution is obtained by analytical
approach proposed by Oliveira et al, 2011 [8] that
considers equation 1 based on the differentiation of the
bonding strength, τ, obtained by equilibrium of the
system:
1
𝜏(𝑥𝑖 ) = 𝐸𝐹𝑅𝑃 𝑡𝐹𝑅𝑃 ∙
2
(𝑥
)
(𝑥 )−𝜀
)−𝜀
(𝑥 )
(𝑥
𝜀
𝜀
∙ [ 𝐹𝑅𝑃 𝑖 𝐹𝑅𝑃 𝑖−1 + 𝐹𝑅𝑃 𝑖+1 𝐹𝑅𝑃 𝑖 ]
(1)
𝑥 −𝑥
𝑥
−𝑥
𝑖

𝑖−1

𝑖+1

𝑖

Where EFRP is the Young’s modulus of the aramid fiber, given
by producer as 118 GPa, tFRP is the thickness of the AFRP
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sheet, εFRP is the strain value obtained by strain gauges and xi
is the length from the unloaded end to the strain gauge
position. Fig. 21 shows the bonding stress distribution along
the bonded length for 50% and 100% of the maximum
recorded load.

Figure 23: Normal stress distribution on horizontal AFRP
Figure 21: Bonding stress distribution vs. relative distance for

sheets applied on the bottom connections (back side) - S5

each masonry prism tested (50% maximum force)

Figure 22: Bonding stress distribution vs. relative distance for

each masonry prism tested (100% maximum force)
The average bonding strength between the AFRP and
masonry resulted in 1,56 N/mm2, thus almost two times more
than the one obtained by Tezuka et al., 2004 [9] for the
bonding between AFRP and timber, 0.875 N/mm2, for an
epoxy resin type provided by the same manufacturer.

Figure 24: Normal stress distribution on vertical sheets
applied on the left (up) and right (down) bottom connections
(front side) - S5

6 STRESS DISTRIBUTION ON AFRP
SHEETS (TFM-CH-AFRP)

5 STRESS DISTRIBUTION ON AFRP
SHEETS (S5)
Considering the result above, the stress recorded by strain
gauges were compared for the sheets applied on both TFMCH-AFRP and S5, only for the timber connections. The
positions of the strain gauges are shown in Fig. 9. The stress
values are shown for 4 levels of displacement at the top of
the wall, as percentage of the maximum value recorded.

Figure 25: Normal stress distribution on horizontal sheets
applied on the bottom connections (back side) - TFM-CHAFRP
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Figure 28: Comparison of crack pattern between TFM-CH
and TFM-CH-AFRP

Figure 26: Normal stress distribution on vertical sheets
applied on the bottom connections (front side) - TFM-CHAFRP

7 DISCUSSION
The test results are confirming in both cases an increase
in strength of the specimens, with an approximate value
of 7 kN for the 5 cm width aramid sheet (one piece) and
20 kN for the 10 cm width aramid sheet (one piece).
Table 2 shows the values of the lateral force at 0.02
radians shear angle and corresponding increase given by
the aramid sheet.
Table 2: Lateral force at 0.02 radians shear angle

Specimen
TFM-CH
TFM-CHAFRP
S2
S5

AFRP
strip
width
[cm]

Lateral
force [kN]

-

85.92

5

99.91

10

103.11
143.96

Difference in
lateral force
divided by the
number of
strips [kN]
6.99
20.43

The damage pattern comparison between specimens with
and without retrofit for both test specimen levels, one
module and four modules (Fig. 27 and 28), shows a more
uniform distribution of the cracking in the masonry infill
panels, which indicates better energy dissipation in the
infill for both retrofitted cases.

Figure 27: Comparison of crack pattern between S2 and S5

Knowing the bonding strength between timber and AFRP
[10] and assuming the effective bonding area on the timber
connections [8], the force necessary for debonding is
obtained. This force divided by the thickness and width of
the sheet gives the maximum expected normal stress in the

sheet, summarized in Table 3.
Table 3: Normal stress evaluation in the sheets, depending on
the effective bonding area

Specimen
(side)
S5 (front
side)
S5 (back
side)
TFM-CHAFRP
(front side)
TFM-CHAFRP
(back side)

Bonding
strength
(timberAFRP)
[N/mm2]

Assumed
effective
bonding
area
[mm2]
28306
42577

0.875

Dimensions
of the
sheet,
width x
thickness
[mm]
100 x 0.43

14370

Expected
normal
stress
[N/mm2]
575
866
585

50 x 0.43
32980

1342

When compared with the recorded values from the strain
gauges for S5 (Figure 23-24) and for TFM-CH-AFRP
(Figure 25-26), it can be seen that for the vertical sheets
on the bottom connections on the front side of the
specimens, the maximum values recorded are closer to the
expected normal stress. In the same time, for the back side
it is not the same situation, the values being much lower
than the one expected. This situation can also be
confirmed by the damages, which are more on the front
side.
This confirms the difference in behavior for front side and
back side of the specimens, for both one module and four
modules. For this conclusion, the layout of the crosshalved connection also contributes, due to the difference
between its front and back side.
Additionally, this implies that prediction of the behavior
of the sheets is particularly difficult due to this reason and
the evaluation of the aramid sheet contribution should
focus more on the parts of the connection which exhibit
uplift in the non-retrofitted state, i.e. on front side the
vertical sheet.
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8 CONCLUSIONS
S5 and TFM-CH-AFRP tests indicated that one diagonal
AFRP sheet can increase the overall strength, by its tensile
deformation, with approximately 20 kN and 7 kN,
respectively. The vertical sheets work on the front side
bottom connections mainly, while on the back side the
horizontal ones, but the contribution of the latter ones is
not so significant.
The cyclic behavior of the test has a major contribution in
the damage pattern, as it was observed that in compression
the AFRP sheet cracks and then fractures.
The use of fiber reinforced polymers is known to be
highly dependent on the workmanship and when used for
masonry, the capacity prediction evaluation process is
characterized with even more uncertainty due to the nonhomogenous and inelastic behavior of it. The above
described tests show that each fiber behaves differently,
depending on the quantity of used resin, or the smoothness
of the surface. This also may influence the general
stability of the wall.
The retrofit solution was effective in terms of strength and
damage pattern. The AFRP does not increase the stiffness
of the specimen, and this is an advantage since the TFM
system shows, by nature, a high ductility. This property is
recommended to be maintained and used, and not
cancelled by a high stiffness introduced by retrofit.
For future application of such retrofit solution, further
research should be conducted on durability and humidity
influence on the existing building elements.
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REPAIR TECHNIQUES USED IN TWO EXISTING COLLAR BEAM
TRUSSES: EXPERIMENTAL RESULTS OF FULL SIZE SCALE TESTS
Jorge M. Branco1, Hélder S. Sousa2, Giacomo Crivellari3
ABSTRACT: Structural strengthening and repair of old timber structures may be necessary due to new needs of use or
due to the past history of the structure. In both cases, a thorough understanding of the present structure must be
available in order to ascertain the best form of intervention. Depending on the performance and social parameters, some
intervention solutions may be more adequate than others. In this work, two collar beam trusses were studied regarding
their performance on full scale laboratory tests. The trusses were tested with their original conditions and after different
interventions. The interventions consisted on the strengthening of the support region, local repairs using timber
elements and screwed metal plates and finally on a global intervention with post-tensioned steel cables. The
strengthening of the support region allowed to obtain a higher load level, while the local retrofitting of elements allowed
to regain at least 80% of the original load level. The global intervention also allowed a recovery of more than 80%.
KEYWORDS: Timber trusses, Repair, Screwed elements, Metal plates, Post-tensioning

1 INTRODUCTION 123
The geometry of a timber truss is directly related to its
purpose, as well as to the construction knowledge of the
culture where it is inserted. Unfortunately, due to poor
maintenance many examples of deteriorated timber
trusses may be found. Thus, different interventions may
be required to maintain the structure. Therefore, a
thorough analysis of its conservation state must be
available so as to define the more adequate form of
intervention.
Depending on the performance and social parameters,
different intervention solutions may be more adequate
than others. As stated in [1], three fundamental
approaches for the repair/renovation are applied, as well
as in the scope of the research: (i) the reinforcement of
damaged parts; (ii) the strengthening of weakened
constructional wholes; (iii) the replacement of damaged
components. Usually, these approaches are applied by
taking into consideration the following methods [2]: (i)
the use of traditional or vernacular repairs, meaning
carpentry-jointed repairs; (ii) mechanical methods, in
which reinforcing elements are connected into position
by bolts, screws or dowels; (iii) methods of repair using
resins and/or fibre materials.
These methods can be used separately or combined
depending on the scope of the intervention and on the
structure that is being repaired. Depending on the repair
1
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solution, different aspects have to be considered, since
different levels of structural performance may be
obtained. For instance, different methods of repair and
enhancement of the structural performance of timber
beams are summarized in [3]. In this work, the main
materials, cross-sections and geometries are presented,
including a description of the failure modes found for
typical reinforcement techniques, including wood to
wood replacements, use of mechanical fasteners and
additional strengthening material/products. Also in [4]
the failure mechanism regarding the delamination
phenomenon in the repair of timber beams with steel
plate is described. In that paper, steel plates are glued on
one side only by applying epoxy-adhesive into
longitudinal grooves. The technique requires particular
attention because it might be affected by the
delamination of the glued reinforcement due to stress
concentration, which occurs at the end of the repairing
element or in any cracks of the repaired beam.
In any case, the choice of the repair method depends
greatly on the structure itself, as the method must
comply with the original conception of the strcuture or
with its present/future use. In that scope, [5] considering
the type of truss most common in specific regions of
Italy, four different heel repair techniques were tested
by using screws, bolts, lateral steel plates with screws
and internal steel plates with epoxy resin. To that end,
experimental tests on full sized historic trusses subjected
to symmetric load conditions up to the point of failure
were performed. Such truss was selected to compare the
different heel-repair techniques considering the
following criteria: structural safety, preservation of
connections ductility, material conservation, minimal
intervention and reduction (as much as possible) of the
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ridge displacements to ensure future maintenance. It was
also shown that each technique determines different
values in terms of load-carrying capacity, overall
stiffness of the structure and nodes ductility. Among the
selected repair techniques, only the one using bolts and
screwed plates was able to preserve the collapse
mechanism of the original system.
Other works, such as [6] and [7], also presented the
results from full size scale tests which were preceded by
a thorough visual inspection and non-destructive testing,
complemented with the analysis of local repairs using
screwed and bolted elements.
This work presents different interventions used in the
repair of two collar beam trusses, considering their
performance on full sized laboratory tests. The trusses
were tested and then different repairing interventions
were considered and analysed. The interventions
consisted on the strengthening of the support region,
local repair of elements by using timber elements and
screwed metal plates and finally on a global intervention
with post-tensioned steel cables.

2 EXPERIMENTAL CAMPAIGN
2.1 TIMBER TRUSSES

2.2 VISUAL INSPECTION AND NDT
The trusses were dismantled and reassembled in
laboratory conditions. Then, two of the trusses (trusses
T1 and T2) were visually inspected and assessed as to
the results of pin penetration, drilling resistance and
ultrasound tests.
The rafters, collar beam, post and diagonals were
visually inspected according to [10]. Besides considering
the critical segments, each 40 cm segment was visually
assessed in order to obtain a detailed grading of the
element along its length as well as an overall grading of
each structural element. For visual grading of a single
element, the used norm considers three classes (I, II
and III) regarding onsite diagnosis. The timber
element is attributed to a given class if it fulfils all the
imposed requirements and considered as nonclassifiable (NC) if it does not fit into either class.
The results of the visual grading is presented in Figure
2. In truss T1, a larger number of lower class elements
is observed, especially on the rafters.

a)

1.6

1.9

The timber trusses were part of an 18th century building
situated in Coimbra, Portugal. The timber structure was
comprised of a three pitched roof, including four trusses
with a span of 14.2 m (Figure 1). Due to its significant
deterioration and damage, the trusses were brought
down and replaced [8].

approximately 19×25 mm2, whereas the collar beam
presents almost a square section with 19 mm width. The
average CoV of the dimensions in these members was
18%, whereas the average CoV for the height alone was
25%. For the post (19×26 mm2) and diagonals (19×20
mm2), the average CoV of the dimensions was 5%. In
that work, the residual cross-section was also analysed
by taking into account the use of drilling resistance tests,
that as mentioned by [9] enables the assessment of the
extension of wood damage of the tested elements and a
preliminary assessment of the mechanical properties
based on an appraisal of internal defects and exterior
wood decay in the material.
Common problems found in this type of truss are related
to the deterioration in the supports and to the horizontal
thrust transmitted to the supporting walls. Due to these
circumstances, both local and global interventions have
to be chosen carefully.

14.2

[m]

Figure 1: Timber roof trusses onsite and schematic of a collar
beam truss

The collar beam trusses have a horizontal beam at midheight with a different connection system to the inclined
rafters than the tie beam of traditional king-post truss.
The results from the geometrical survey made in [8]
indicate that the severe biological degradation provided
very large coefficients of variation (CoV) for the rafters
and collar beam, particularly along the height of the
members. The rafters present an exterior cross-section of

b)
label:

class I

class II

class III

class N C

Figure 2: Visual grading maps for trusses: a) T1; b) T2

In this test campaign, three non-destructive tests (NDT),
namely impact penetration, drilling resistance and
ultrasound tests, were considered both for increasing the
reliability of the visual inspection as well as to assess the
depth of decay along the length of each element [11].
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Tests were made to truss T2 in order to obtain a
measure of the decay level and residual cross-section
dimensions for the most damaged truss. The equipment
used was the impact hammer Pilodyn® 6J, the controlled
drilling device Resistograph® 3450 and the Pundit Lab
(with 54 kHz frequency transmission transducers).
The impact penetration tests revealed a mean value of
8.3 mm of decay depth with CoV varying between
60% and 90% considering measurements along each
individual element.
The drilling resistance tests evidenced a mean
reduction of effective cross-section of approximately
20% for the most decayed elements, namely the
rafters. In the most decayed elements, the CoV of the
measurements were of 18% and 35%, for the north and
south rafters, respectively.
Finally, the ultrasound wave velocity values ranged
from 2700 m/s to 5160 m/s with higher wave velocities
found in the supports of the rafters and on the
connections with the tie-beam and diagonals. Loss of
signal, due to concentration of defects/damage or due to
bad surface contact were consistent with the segments
with lower visual grading (classes III and NC).
By combining the information of the NDTs it was
possible to obtain damage maps evidencing critical
sections. It was also possible to detect the effective
cross-sections. Further detail on the visual inspection and
NDTs made to these trusses can be found in [11].

(horizontal and vertical displacements) and along the
collar beam and post (vertical displacement).
Initially, the supports were made considering the same
type of connection (birdsmouth) as it was found onsite,
even if the section was severely decayed (Figure 4).
However, during the loading test, one of the trusses
(truss T1) had an initial failure which consisted on the
crushing and splitting of the rafters near the support area
(Figure 5). This was directly related to the high level of
deterioration found on those sections.

a)

b)

Figure 4: Support region of the truss: a) onsite; b) test
conditions with decayed section

2.3 FULL SCALE TESTS
2.3.1 Original conditions
The load-carrying tests were carried out by loading both
rafters between the strut and the joint connection with
the collar beam (Figure 3) at a distance of 2.25 m from
the post. Vertical loading was applied with displacement
control (0.05 mm/s) by two hydraulic jacks fixed to the
floor slab of the laboratory. A wood wedge was placed
between the rafter and the loading heads, in order to
obtain a better load distribution which minimized local
indentations. Steel frames were used to restrain out-ofplane movement of the truss.

Figure 5: Failures in the support region

The results of this initial test are presented in Figures 6
and 7, in terms of load/displacement curves considering
the displacement of the rafters at the actuator position
and displacement of the collar beam in three different
positions. The value of the load corresponds to the value
of each actuator separately when analysing the rafters
and to the sum of both actuators for the collar beam. The
results evidence the similar behaviour the rafters had in
terms of load capacity and deformation.

load (kN)

75

Figure 3: Test setup and detail of LVDT configuration on the
collar beam - rafter connection

Linear variable differential transformers (LVDT) were
placed near the supports (horizontal and vertical
displacements), on the collar beam - rafter connection

50
25
0

rafter_1
rafter_2
0

25

50
75
displacement (mm)

100

Figure 6: Load-displacement curve for T1 without any
intervention. Displacement of the rafters in the actuator
position

125
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For this level of loading, the collar beam had a uniform
vertical displacement along its length, as seen in Figure
7.

100

0

25

50
75
displacement (mm)

100

100

125

Figure 7: Load-displacement curve for T1 without any
intervention, LVDTs placed at the collar beam

2.3.2 Strengthening of supports
Due to the high level of decay, truss T1 presented failure
in the supports mainly in the birdsmouth connection. In
order to strengthen that section, two interventions were
made: (i) closing the cracks using screws; (ii) restriction
of the horizontal displacement on the supports.
The supports were retrofitted using fully threaded screws
so as to join the fissured surfaces. The support conditions
were also changed, by considering a wood sleeper on the
vertical surface of the birdsmouth connection, as to
provide a more significant contribution to the horizontal
restraint of the rafters. The horizontal restraint of the
rafters also aimed at replicating the onsite conditions
where a metal tie rod was added to the trusses. Taking
into account these boundary conditions, the test setup
was made in order to simulate a pinned support
condition.
Following the intervention on the supports, a load test
was made to truss T1 until visible failure was obtained in
both sides of the truss. Failure was found in both rafters
near the loading position and on the connection between
one rafter and the post (Figure 8). The failure of the
rafters were located on sections where large diameter
knots were found on the tensioned side of the member.
Despite the repair of the supports, minor crushing of the
supports (bottom of the rafters) was also still found.

Figure 8: Failures of truss T1 on the rafters and rafter-post
connection
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The results of the repair intervention on the supports of
truss T1 are presented in Figure 9, regarding the
comparison of the load/displacement curves between the
original state and after the intervention on the supports.
The results are given for each rafter at the position where
the load was applied and at midspan of the collar beam.
As also previously considered, the value of load
corresponds to the value of each actuator separately
when analysing the rafters and to the sum of both
actuators for the collar beam.

150
100
50
0

collar beam - original
collar beam repair
0

25

50
75
displacement (mm)

100

125

c)
Figure 9: Results of the intervention on the support on: a)
rafter 1; b) rafter 2; c) collar beam at mid span

The comparison between load/displacement curves
evidences higher load values for the repaired truss, with
respectively 36.6% and 60.6% increase of load for rafter
1 and 2. It is also observed that in the second test a load
drop is visible near the displacement level referent to the
failure point of the initial test. In both rafters, for the
repaired conditions a higher load level is needed as to
obtain the same displacement level evidencing that the
retrofit of the rafters and the change of support
conditions led to a stiffer global behaviour of the rafters
and of the truss itself. It is also observed that the initial
behaviour of the load/displacement curves are similar in
both original and repaired conditions. This situation is
found to be true for the rafters as well as for the collar
beam. Although the supports of truss T2 were in a better
state of conservation than the one found for truss T1,
restriction of the horizontal displacement was also
considered for that truss. The load/displacement curves
regarding the load test of truss T2 are given in Figures
10 and 11.
In accordance to the results of the visual grading, truss
T2 showed a higher load capacity than truss T1. It also
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obtained a higher level of displacement before failure.
However, the same failure mechanism was found which
corresponded to the rupture of the rafters near the
loading points and in the vicinity of knots.
150

load (kN)

100
50
0

rafter_1
rafter_2
0

25

50
75
100
displacement (mm)

125

150

Figure 10: Load-displacement curve for T2 with intervention
on the supports. Displacement of the rafters in the actuator
position
300

side where failure was initiated. Screws HBS 8×180 and
fully threaded screws (8×180) were inserted
perpendicularly to the elements face so as to fix the
metal plates into place. Taking into account the crack
pattern of the failure section, two metal plates with 5 mm
thickness were considered.
Attending to the stress level on the shear plane and
taking into account the use of fully threaded screws and
the required number of effective screws, a total of 22
screws were considered for each side of each metal plate
(before and after the failure section).
Detailing on the configuration of the screws used to fix
the metal plates into the timber rafter may be found in
[14]. The results in terms of load/displacement curve is
presented in Figure 12. The repaired rafter allowed a
maximum load of 68.1 kN (displacement of 97.4 mm)
which is approximately 82.2% of the maximum load
obtained by that rafter prior to the intervention (82.8 kN
with 90.1 mm displacement).
100
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75
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100

Figure 11: Load-displacement curve for T2 with intervention
on the supports, LVDTs placed on the collar beam

2.3.3 Local repair of rafters
As previously mentioned, after strengthening the
supports truss T1 was retested and failure on both rafters
was reached. Regarding local interventions, which are
easily feasible to perform onsite, the rafters were
repaired by applying two different techniques: (i) one
with metal plates and another (ii) with timber elements.
In both cases, the new elements were mechanically
screwed to the rafters. Before adding the new elements,
the initial state of deformation of the rafters was restored
using hydraulic jacks and by the use of screws (VGZ
7×340) which were inserted in the rafters, in a 45º angle
with respect to the observed failure surfaces. The sole
purpose of these screws was to allow to close the cracks
and recover the initial configuration of the truss and thus
should not be considered as a strengthening technique as
it was not intended to increase the strength of the rafters.
Each rafter was repaired by applying a different
technique, meaning that rafter 1 was repaired with metal
plates and rafter 2 with timber elements. After both
rafters were repaired, a new loading test was performed.
In order to ensure a suitable safety level, the load
carrying capacity of both connection systems was
preliminary calculated considering the results of a truss
model. Calculation of the number of disposition and
number of screws was made regarding the formulation
and recommendations found in [12] and [13].
Regarding the first technique, metal plates were fixed to
the bottom face of rafter 1 corresponding to the tension
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100 125
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Figure 12: Results of the intervention by using metal plates

For the second technique, the cross-section was repaired
using timber elements (with similar mechanical
properties of the existing members of the truss) placed
on the lateral sides of the rafter by means of screws.
Along the added timber elements, perpendicular screws
(HBS 6×160) were inserted where failure occurred on
the rafter. Screws were inserted along the failure surface
spaced of 14 cm along the length of the element and
spaced of 4 cm across its width (in five alignments). In
this case, the contribution to the strength capacity of the
cross-section provided by the new timber elements
mainly affects the increase of its geometry (increase of
width).
Considering that the rafter is damaged (where failure
occurred), the inertia and area of the effective crosssection was taken only by consideration of the added
timber elements. In this case, the new timber elements
each had half of the width of the original cross-section
and the same height. Thus the area and inertia of the
repaired cross-section is equal to the original one.
Therefore, the bending strength of the repaired section is
estimated to be similar to the original section, since the
newly added elements were taken from a timber element
with similar mechanical properties of the original rafter.
Taking into account that the screws were inserted
perpendicularly to the length of the rafter, these are
mainly solicited in shear due to the axial stress of the
rafter. The verification of the load bearing capacity of
the screws was made taking into account that the group
of screws placed either before or after the failed section
had to be sufficient to sustain the existing level of
normal stress on the rafter.

WCTE 2016 e-book | 2761

Details on the configuration of the screws inserted in the
timber elements may be found in [14]. The results in
terms of load/displacement curve are presented in Figure
13. The repaired rafter allowed a maximum load of
71.4 kN (displacement of 97.4 mm) which is
approximately 80.6% of the maximum load obtained by
that rafter prior to the intervention (88.7 kN with
114 mm displacement).
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Figure 13: Results of the intervention by using timber elements

In both rafters, the repair techniques were not sufficient
to obtain the same load level as in the original
conditions, obtaining approximately 80% of the
maximum load. The repaired truss did not achieve the
same load level of the original truss as new failure
mechanisms were found. The first failure was found in
rafter 1 (around 72 kN), where the metal plates were
placed. For the repaired side with timber elements, the
load after the first load drop slightly rose and then
maintained the same value (around 70 kN) until the end
of the test while for rafter 1 the displacement increases
without any upturn of the load. Although the screws used
in either technique presented no failure, the stiffness of
the metal plates was not sufficient to avoid local
deformation, resulting in additional failures, namely on
the top surface of the previous failed section (near the
connection with the tie-beam), and after the strut (Figure
14). Additionally, the truss began to have a significant
out-of-plane behaviour with torsion of the rafters.

2.3.4 Global repair and strengthening
Truss T2 was tested with its original configuration and
geometry and failure was obtained in both rafters
similarly to truss T1. However, in this case a global
intervention was considered by using post-tensioned
steel cables. In total, a post-stress of 29 kN was applied
in the retrofitting system.
The cable system was symmetrical regarding both the
vertical and longitudinal axis. Retrofitting was done with
two cables, made with galvanized steel, 14 mm diameter,
6x19 WSC, with ultimate strength of 139 kN. Each cable
started from an initial tightening anchorage located near
the collar beam connection with the rafter. After being
directed from the collar beam to the top of the opposite
side rafter, the cable was passed to the back face of the
truss by an upper turn (Figure 15). New timber struts
were placed just below the loading points, to redistribute
the stresses through the whole timber structure. With this
configuration, a small amount of screws was needed to
fix the elements to the truss, making the intervention
almost fully reversible. Moreover, the two fold
enhancement given by this retrofitting technique
involves the overall behaviour of the structure and the
singular connections. In fact, thanks to the changes of
direction of the cable, the interfaces between elements
were tightened together, reducing the deformation of the
joints. Details on the configuration of the global
intervention may be found in [15].

Figure 15: Schematic and photograph of truss T2 after the
global intervention with post-tensioned cables

Figure 14: Failures of truss T1 at rafters after local
interventions

The results of the global intervention with post-tensioned
steel cables on truss T2 are presented in Figure 16,
regarding the comparison of the load/displacement
curves between the original state and after the
intervention. The results are given for each rafter at the
position where the load was applied and at midspan of
the collar beam. As also previously considered, the value
of load corresponds to the value of each actuator
separately when analysing the rafters and to the sum of
both actuators for the collar beam. It should be noted that
the loading test made after the intervention had to be
stopped before the failure of the truss, since a significant
out-of-plane behaviour was visible.
At the moment that the test was stopped, a maximum
load (sum of both actuators) was 220 kN corresponding
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to a recovery of 81.8%. Individually, the maximum load
on each rafter was of 108 kN and 112 kN for rafters 1
and 2, respectively, corresponding to a recovery
percentage of 85.4% and 78.6%.
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3 CONCLUSIONS
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Figure 17: Failures of truss T2 at collar beam and out-ofplane deformation of the rafters after global intervention
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Figure 16: Results of the global intervention using steel
cables: a) rafter 1; b) rafter 2; c) collar beam at mid span

The results also show, for this level of loading, that a
uniform increase of displacement is found for the
retrofitted truss (inexistence of significant drops of load
due to local failures).
Although the behaviour of the truss in terms of
load/displacement curves is more linear for the
retrofitted truss, the configuration of the cables and the
introduction of the new timber trusses originated
different failures mechanisms, namely out-of-plane
deformation and cracks on the tensioned side of the
collar beam (Figure 17).

In the case of the support intervention in truss T1, higher
load-carrying capacity was obtained for the rafters (37%
and 61%). Also a stiffer global behaviour was observed.
In the case of the local repair interventions on truss T1,
although not achieving the same ultimate load, a
recovery of approximately 80% was observed, by using
both the screwed metal plates and the timber elements.
In the case of the global intervention (truss T2), by using
the post-tensioned steel cables, a recovery of 82% of the
original load-carrying capacity was achieved. The
comparison between the displacement curves measured
in the original and strengthened conditions revealed a
change in the structural behaviour due to the presence of
new resistance mechanisms. This was also evidenced by
presence of other failure mechanisms and out-of-plane
displacement.
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REINFORCED WOOD I-JOISTS WITH WEB OPENING: EXPERIMENTAL
AND ANALYTICAL INVESTIGATIONS
Md Shahnewaz1, M Shahidul Islam2, Thomas Tannert3, M. Shahria Alam4
ABSTRACT: Prefabricated composite wood I-joists with web openings are commonly used in light-frame wood
construction. The capacity and the failure pattern of such I-joists in the presence of a circular web opening was
experimentally investigated on 100 specimens with various sizes and locations of web openings and two different span
lengths of 3.66 m (12 feet) and 6.10 m (20 feet). The control I-joists failed in flexure in the mid-span whereas most of
the I-joists with an opening failed in a brittle and sudden shear mode. The presence of an opening reduced the capacity
significantly with up to 54% compared to I-joists without web openings depending on the size and location of the
opening. Subsequently, the effectiveness of reinforcing the web around openings was investigated on another 100
specimens. After reinforcement, brittle premature failure of I-joists was prevented with a significant increase in capacity
up to 27% compared to the I-joists with openings. Analytical models to calculate the capacity of I-joists show better
agreement with the experimental results than existing models.
KEYWORDS: Wood I-Joists, Opening, Reinforcements, Capacity, Stiffness.

1 INTRODUCTION 1
Timber is a widely used renewable material that exhibits
favourable characteristics, such as high strength to
weight ratio, low carbon footprint; it exhibits, however,
very large variability in its properties and can only be
used to produce linear members [1]. To meet the desires
to utilize the sustainable features of timber in
homogeneous and planar elements, timber can be broken
down into sequentially smaller factions which can then
be reassembled into glued composite members, labelled
engineered wood products (EWPs). Depending on the
wood fraction used as raw material, EWPs can be
classified into lumber-based such as Glued-LaminatedTimber, veneer-based such as plywood or Laminated
Veneer Lumber (LVL), strand-based such as Oriented
Strand Board (OSB) or Laminated-Strand-Lumber
(LSL), and particle-based products such as Fibreboard.
Prefabricated wood I-joists are popular EWPs in light
frame construction for floors and roof. Composite Ijoists often consist of a flange made of LVL or LSL with
the web made of OSB or plywood. The flanges and the
web are glued together to form an I-shaped cross-section
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that can save 50% of wood fibre compared to solid
lumber beams [2,3].
During construction, openings are often introduced to the
webs of I-joists for passage of service ducts, plumbing
and wiring. Openings allow builders to hide the utility
services and reduce the floor height. But the presence of
the web openings leads to reductions in stiffness and
capacity. Such reductions are most critical in the cases of
web openings close to supports and may cause I-joists to
fail in premature and brittle shear failure. The Canadian
Standard for Engineering Design in Wood, CSAO86
2014, [4] provides no guidance for such openings in Ijoists and the National Design Specification for Wood
Construction in the US, NDS 2015, [5] recommends
manufacturer specifications for I-joists with openings.
Previous research evaluated the failure mode and
capacity reduction of wood I-joists with web openings.
Morris et al. [6] summarized three failure modes as web
fracture, web buckling, and de-bonding of web-flange
adhesive joint. Fergus [7] studied the effect of circular
openings on moment-governed and shear-governed Ijoists and found no significant change in stiffness with a
web removal of up to 70% of total height. On the
contrary, Maley [8] and Wang and Cheng [9] reported
that openings reduced stiffness and shear capacity. No
significant change occurred for opening heights of 33%
of web height. Afzal et al. [10] performed tests on wood
I-joists with circular and square openings. While the
opening size-to-web depth and the span-to-depth ratio
both affected the capacity, the types of opening
(circular/square) were found insignificant.
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Zhu et al. [11] investigated the failure load of wood ljoists with and without web openings, observed that
capacity decreases linearly with opening size, whilst
location of opening has little effect on the reduction of
capacity and proposed an empirical formula to calculate
the capacity of I-Joists with openings:

Pu  36.4  25.9  d 
 hw 

(1)

where Pu is the capacity of I-Joists with opening in kN, d
is the diameter of circular opening, hw is the web height.
Pirzada et al. [12] developed another mechanics-based
method to predict the capacity of wood I-joists with
circular web holes:
Pfailure  2

1
x0 E *Gc 
 t 2 ( pk ) x0  ( pk )  Papplied


2





(2)

where Pfailure is the load causing fracture in web, Papplied is
the applied load, p is the web hole ratio, k is the factor
related to I-joist depth with circular hole, x0 is the length
parameter related to characteristic material properties, E*
is the equivalent modulus of elasticity of web, and Gc is
the critical fracture energy of web.

2 EXPERIMENTAL INVESTIGATIONS
2.1 SPECIMEN DESCRIPTION
All test specimens were prepared at the facility of
AcuTruss Industries Ltd., Canada. The specifications
were chosen from the NASCOR NJH12 I-joist series
[15]. The material for the subsequent reinforcement was
OSB from the I-joist fabrication. Flanges were made of
LVL from SPF No2, webs were made from OSB
manufactured to meet the requirements of PS2-10 [16]
and CSA-O325 [17]. The OSB was ‘APA Rated
Sheathing’ grade with span rating of ‘24/0’ and
durability classification of ‘Exposure 1’.
I-joists with two different span lengths of 3.66m and
6.10m were tested under four point loading. Hollow
structural section (HSS) rectangular tubes were placed
vertically on both sides of the flanges along the length of
I-Joists at a spacing of 305mm to ensure concentric
loading and to prevent lateral buckling. They were
categorized into five series (series A to E). Series A was
the control beam without any opening. The size (D) and
location of the openings (Le) are described in Figure 1
and Table 1. Ten specimens in each series were tested
for a total of 100.
The height of the specimens was 302mm, the flange
width and height were 63.5mm and 38mm, respectively,
and the thickness of the web was 9.5 mm, see Figure 1.

To increase the flexural and shear capacity of timber
beams, several techniques can be used: attaching metal,
solid timber or EWP plates, or Fiber-ReinforcedPolymer (FRP) sheets either by mechanical means or
adhesive bonding. Previous studies performed on wood
I-joists with openings mostly focused on the change in
capacity caused by the openings and only very few
studies investigated reinforcing techniques. Morrissey et
al. [13] investigated reinforced I-joists with steel angles
attached to both sides of the web and the flange above
and below the openings and obtained an increase in
capacity up to 39%. Polocoser et al. [14] reinforced
wood I-joists around the openings with U-shaped LSL
and OSB patches and OSB collars. After retrofitting,
some of the specimens regained the capacity of the
original joists. Among the three different techniques, the
OSB collar was most effective.
Placing web openings in I-joists is common practice that
can lead to significant reduction in stiffness and capacity
which – if not appropriately considered in design – may
cause excessive deflections and premature failure of the
element and possibly the structure. Practitioners,
however, are not provided with sufficient design
guidance that captures the reduction in capacity and
stiffness of I-joists with web openings.
The objectives of this research are to investigate the
impacts of: i) size and location of web openings; and ii)
reinforcing I-joists with web openings with OSB collars
on the failure modes, capacity and stiffness on I-joists.

Figure 1: Test setup for I-joist (top) and schematic of
reinforced I-Joists with lateral support along the length
(dimensions are in mm).
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Table 1: Summary of test series
I-joists

Reinforced I-Joists

Unreinforced I-joists

Control

2.3 METHODS

Series
ID

L

D

Le

Lc

mm

mm

mm

mm

12-A

3650

-

-

-

20-A

6100

-

-

-

12-B

3650

213

305

-

12-C

3650

213

610

-

12-D

3650

150

305

-

12-E

3650

100

305

-

20-B

6100

213

305

-

20-C

6100

213

914

-

20-D

6100

150

305

-

20-E

6100

100

305

-

12-F

3650

213

305

D+D+D

12-G

3650

213

610

D+D+D

12-H

3650

150

305

D+D+D

12-I

3650

100

305

D+D+D

12-J

3650

100

305

2D+D+2D

20-F

6100

213

305

D+D+D

20-G

6100

213

914

D+D+D

20-H

6100

150

305

D+D+D

20-I

6100

100

305

D+D+D

20-J

6100

100

305

2D+D+2D

2.2 REINFORCEMENTS
I-joists with the same dimensions and openings of series
B to E were reinforced to investigate the impact of the
reinforcement on capacity and stiffness. Five more series
(series F to J) of specimens with the same span length of
3.66m and 6.10m were tested after being reinforced
around the opening with an OSB collar. Collars were
located on only one side of the web and consisted of two
layers, each layer composed of 9.5mm (3/8inch) OSB.
The first layer was arranged around the opening and
glued directly onto the web. The second layer was glued
on top of the first collar.
The adhesive was a two-component epoxy containing a
resin and a catalyst. The reinforcement length (Lr) of the
OSB collar on each side of the opening was kept equal to
the diameter of the opening (series F to I). Only for
series J, the collar length was doubled to evaluate the
capacity improvement due to collar length. The details of
the reinforced I-joists are given in Figure 2 and Table 1.
A total of 100 reinforced specimens were tested with ten
replicates in each test series.

The specimens were tested as simply supported beams in
four-point bending according to ASTM D5055 [18]. The
loads were applied by a hydraulic actuator with a loading
rate of 4mm/min. Hollow structural section rectangular
tubes were placed vertically on both sides of the flanges
along the length of I-Joists to ensure concentric loading
and to prevent lateral buckling. The joist deflections
were measured at mid-span. Three cameras, focused at
the mid-span, were installed to monitor the crack pattern
and failure of the specimens.

Figure 2: Retrofit of I-joists with two OSB ply in collar system.

3 RESULTS
The load-deflection curves of all specimens were linear
up to failure. Since all individual specimens exhibited
similar load-deformation behaviour, only the average
load-deflection curves for the 12ft specimens are plotted
in Figure 3.
3.1 CONTROL SERIES: A
Series A represents the control beams without any
opening. The 12ft I-joists failed in either shear at support
or flexure at mid-span. The failure was initiated mostly
by the presence of knots in the flanges or due to debonding of the OSB webs. In the case of 20ft I-joists, all
the specimens failed in flexure at mid-span and there
was no shear failure in any of the 20ft specimens. The
average capacity of the 12ft and 20ft control test series
(32kN and 24kN) was found to be 3.4 and 4.0 times
higher, respectively, than the specified design capacity
from the manufacturer. Similarly, the average stiffness
of 12ft and 20ft control I-joists was 1,220N/mm and
310N/mm, respectively, which was 2.4 and 2.8 times
higher than the specified design stiffness from
manufacturer.
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Series C featured the same opening size as series B but
at a different location. All specimens of series C failed in
shear at the opening (as shown in Figure 4c). The
average capacity of series C for the 12ft I-joists was
reduced by 54%, and by 20% for the 20ft I-joists when
compared to series A, as shown in Figure 5. Though the
average stiffness of the 12ft I-joists in series C was
reduced by 15%, stiffness of the 20ft I-joists was not
affected by the presence of openings (as shown Figure
6).
All specimens of series D failed in shear, with failure
starting diagonally at the opening by cracking of OSB
(as shown in Figure 4d). While the capacity of the 12ft Ijoists was 30% lower than series A, the capacity of 20ft
joists was unchanged.

(a) Unreinforced I-joist`s capacity

Half of the 12ft specimens of Series E failed in shear
diagonally along the opening similar to series D. The rest
of the 12ft span I-joists specimens failed in flexure at
mid-span (as shown in Figure 4e), the average capacity
of 12ft was 31kN being very close to series A. The
average stiffness of the 12ft I-joists was reduced by 5%,
whereas the average stiffness of 20ft I-joists was close to
the control series. The failure patterns of the 20ft I-joists
were similar to the control series A and capacity was
similar to the control beams.

(b) Reinforced I-joist`s capacity
Figure 3: Average load-deflection for 12ft unreinforced I-joists
series (top) and for 12ft reinforced I-joists series (bottom).

3.2 UNREINFORCED SERIES: B, C, D, & E
The presence of an opening changed the failure mode
and capacity of the I-joists. Series B specimens featured
an opening equal to the height of the web. All 12ft and
most 20ft series B I-joists failed in shear at the opening,
the exceptions failed in shear right next to the opening.
Typical failure pattern in different unreinforced I-joists
series are shown in Figure 4. Compared to the control
series, the average capacities of 12ft series B I-joists was
reduced by 53% and for the 20ft I-joists was reduced by
21% (as shown in Figure 5). While the average stiffness
of the 12ft I-joists in series B was reduced by 18%,
stiffness of the 20ft I-joists was not affected by the
presence of openings (as shown in Figure 6).

Figure 4: Typical failure pattern in control series (A) and
unreinforced series (B, C, D, and E) I-joists
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3.3 REINFORCED SERIES: F, G, H, I, & J
The opening in series F through I were reinforced by
attaching an OSB collar which prevented abrupt failure
at the opening. The majority of specimens failed in shear
diagonally which was followed by de-bonding of webflange joint. The OSB collar de-bonded at the end of the
failure process. Typical failure pattern in different
unreinforced I-joists series are shown in Figure 7.

(a) 12ft I-joist`s capacity

(a) 20ft I-joist`s capacity
Figure 5: Comparison of capacity: (a) 12 feet I-joists (top) and
(b) 20 feet I-joists (bottom)

In series G, all 12ft and all but two 20ft specimens failed
in shear diagonally at opening (as shown in Figure 7b).
The exceptions failed in flexure at mid-span. Compared
to unreinforced series B the capacity of both 12ft F and
G series specimens was found to be 19% higher. Most
12ft and all 20ft specimens from series H failed in
flexure; compared to unreinforced series D, their
capacity increased 27% and 13%, respectively.
Likewise, in series I the reinforcement collar efficiently
prevented failure at the opening and the failure of the
both 12ft and 20ft I-joists was in flexure (Figure 7d).
Compared to unreinforced series E, average capacity
improved by 4% and 13%. In series J, most of the 12ft
and all of the 20ft reinforced I-joists failed similar to the
control specimens either in flexure at mid-span or in
shear at the loading point. The capacity of the 12ft and
20ft I-joists increased 17% and 8%, respectively,
compared to unreinforced series E and 14% and 5%
compared to the control series. The average stiffness of
the reinforced 12ft I-joists was lower than that of the
control series, except in series J, where it remained
approximately the same. Compared to the unreinforced
test series with openings, however, the average stiffness
was increased up to 6%. In the 20ft I-joists series, the
reinforcement did not alter stiffness.

(a) 12ft I-joist`s stiffness

(a) 20ft I-joist`s stiffness
Figure 6: Comparison of stiffness: (a) 12 feet I-joists (top) and
(b) 20 feet I-joists (bottom)

Figure 7: Typical failure pattern in control series (A) and
unreinforced series (B, C, D, and E) I-joists
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4 PROPOSED EQUATIONS
4.1 REGRESSION ANALYSIS
A regression analysis was performed using the test
results to develop models to predict the capacity of
unreinforced and reinforced I-joists with web openings.
I-joist span length-to-height ratio (L/h) and opening size
to web height ratio (D/hw) affect the capacity of I-joist
[10] and were considered in the regression model. The
proposed equations for unreinforced and reinforced Ijoists with web opening are:
Pu , unreinforced  64.8  1.5( L / h)  54.3  D 
 hw 
 1.9( L / h)  D 
 hw 

Pu ,reinforced  105.6  3.5( L / h)  90.8  D 
 hw 
 3.8( L / h)  D 
 hw 

The analysis results showed that the previous models
proposed by Zhu et al. [11] and Pirzada et al. [12] are
under-predicting the experimental capacity, with all
statistical measures being rather high compared to the
new model, as in Table 2. The proposed models
(equations 3 and 4) are quite accurate with average PF
and χ value being close to 1.0. In addition, the SD of the
proposed unreinforced and reinforced models is only
one-tenth and one-sixteenth compared to Pirzada`s
models (Pirzada et al. [12], as in Table 2).

(3)

(4)

where, L is the I-joist span length (m), h is the height of
I-joists, D is the opening size and hw is the web height.
4.2 COMPARISON OF DIFFERENT MODELS
The expected capacities of I-joists with openings and
reinforced I-joists for the tests as presented herein, as
well as previous tests performed by Afzal et al. [10] and
Polocoser et al. [14], were calculated using analytical
models proposed by Zhu et al. [11], equation 1, Pirzada
et al. [12], equation 2 and the models proposed herein,
equations 3 and 4. The predictions using these models
are compared against the test results in Figure 8.

(a) Unreinforced I-joists capacity

The percentage errors of the models as compared to test
results. While Zhu’s model significantly under-predicts
capacity by up to 73%, Pirzada’s model seems
appropriate for small web opening sizes up to web depth
ratio (D/hw < 0.5) but also significantly under-predicts
for larger openings D/hw > 0.5. In case of reinforced Ijoists, it was observed that both Zhu’s and Pirzada’s
model significantly under-predicts capacity by up to
67% and 73%, respectively. One of the reasons is that
both models ignore the effect of span to height ratio of Ijoists, which is one key parameter. In addition, the
previous models were derived from few test specimens
and were not verified against other test results.
The accuracies of the proposed model and the previous
models were compared using four descriptive statistical
parameters: a) average performance factor (PF): the
average ratio of experimental capacity to calculated
capacity (Fexp/Fcal), b) χ factor: inverse of the slope of a
linear least square regression of the calculated capacity
(Fcal) versus the experimental capacity (Fexp), c) standard
deviation (SD), and d) sample variance (VAR).

(b) Reinforced I-joists capacity
Figure 8: Experimental vs predicted capacity for (a)
unreinforced I-Joists (top) and (b) reinforced I-Joists (bottom).
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Table 2: Performance of analytical models for I-joists with
openings

Reinforced

Unreinforced

I-Joist

reinforced openings was also sufficiently accurate in
predicting capacities from previous tests.
8) Future studies should include wood I-Joists with
multiple web openings and effect of OSB collar
reinforcement on both sides of the web opening.

Average
PF

χ

SD

VAR

1.44

1.47

0.17

0.03

Pirzada et
al. [12]

1.85

1.36

0.88

0.77

Proposed

1.01

1.00

0.09

0.01

1.94

2.01

0.43

0.18

2.13

1.94

0.69

0.48

REFERENCES

1.01

1.02

0.11

0.01
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Building Materials, 101: 1259-1270. 2015,

Models
Zhu et al.
[11]

Zhu et al.
[11]
Pirzada et
al. [12]
Proposed

5 CONCLUSIONS
The experimental investigation on the performance of
12ft and 20ft composite wood I-joists with web openings
(unreinforced and reinforced) allows the following
conclusions to be drawn:
1) The experimental capacity and stiffness of the
regular I-Joists without openings were at least three
times higher than the specified design values which
satisfies the requirements according to ASCE 7-10
[19] and ASTM D5055 [18].
2) A stiffness reduction of up to 12% in 12ft series and
up to 11% in 20ft series, respectively, was observed
compared to the control series. The change in the
position of the opening in shear span, however, did
not affect the joist stiffness.
3) An opening had more impact on smaller span
beams. Most of the 12ft test specimens with
openings showed premature shear failures at the
location of the opening. The capacity of 12ft I-joists
was reduced up to 54%, while for 20ft I-joists, the
capacity was reduced only up to 21%.
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REINFORCEMENT OF ROUND HOLES IN GLULAM BEAMS ARRANGED
ECCENTRICALLY OR IN GROUPS
Martin Danzer1, Philipp Dietsch2, Stefan Winter3
ABSTRACT: Experimental and numerical investigations on round holes in glulam beams are presented. These were
conducted in order to extend the field of practical application, to study the structural behaviour of holes arranged
eccentrically or in groups and to generate basic results for deriving a design format. Within these investigations the
influence of parameters like eccentricity, clear distance between holes or effect of reinforcement by fully threaded selftapping screws was considered. A comparison of estimated load-bearing capacities on the basis of the Weibull theory
and test results shows good agreement. Strain gauge measurements in reinforcing elements confirm the validity of the
chosen methods.
KEYWORDS: Glued laminated timber, holes, holes arranged eccentrically, groups of holes, reinforcement, selftapping screw

1 INTRODUCTION 123

2 EXPERIMENTAL INVESTIGATIONS

In roof structures made of glulam beams, pipes for
ventilation or heating are commonly located in the
construction level due to architectural reasons or userelated requirements. Therefore the penetration of the
glulam beams often cannot be avoided. With regard to
designing corresponding holes in glulam beams, the
European timber design code Eurocode 5 does not
contain a design format. The German National Annex to
Eurocode 5, DIN EN 1995-1-1/NA:2013-08, provides
design and construction rules for holes in beams as noncontradictory information (NCI). These, however,
restrict the positioning of the holes considerably, see
Figure 1. In order to extend the field of practical
application, a research project with numerical and
experimental investigations on round holes in glulam
beams arranged eccentrically or in groups is currently in
process. Within these investigations, the unreinforced as
well as the reinforced state by fully threaded self-tapping
screws is considered.

2.1 MATERIALS AND METHODS
The test configuration for experimental investigations of
the above-mentioned parameters is given in Figure 2.
The number of specimens per configuration was three.
Regarding the location of the holes in longitudinal
direction it was decided to concentrate on the region near
the supports, dominated by shear forces, simultaneously
complying with sufficient distance to the supports to
exclude the influence of load transfer (M / V = 1.5 h). The
eccentricity over the beam height was varied in four
steps (e / h = ± 0.175, ± 0.100), each of them violating the
current limits shown in Figure 1. To enable a comparison
between single holes and groups of holes arranged in
horizontal direction, a consistent hole diameter
d / h = 0.35 was chosen for these configurations.
For the group of holes arranged horizontally, the clear
distance between the holes was reduced in three steps
(lz = 1.05 h, 0.70 h, 0.35 h), also violating the current
limits shown in Figure 1. The hole at the location
M / V = 1.5 h was kept fix, whereas the location of the
holes located further away from the support was varied.
Concerning groups of holes arranged in vertical
direction, only one configuration featuring a smaller
diameter d / h = 0.25 was tested due to the fewer
possibilities in variation given by the geometry.

Figure 1: Geometrical limitations regarding eccentricity and
clear distance according to DIN EN 1995-1-1/NA:2013-08
1
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With the intention of a comparison between the group of
holes arranged in vertical direction and single holes, the
test program was extended to additional tests with holes
of a diameter d / h = 0.25 and different eccentricities
(e / h = ± 0.225, ± 0.100). Referring to the approach
reported in [1], 10 out of 12 specimens were tested two
times by recycling already tested specimens according to
the procedure displayed in Figure 2. For the remaining
two specimens new material was used.
Regarding reinforcement fully threaded self-tapping
screws according to [2] with a nominal diameter
d = 10 mm were used. The inclination between screw
axis and fibre direction was set to α = 60° in most cases,
except α = 90° in case of the vertical group. The
objective was to generate a reinforcing effect with regard
to both stresses, tension perpendicular to the grain and
shear, i.e. the reinforcement was arranged to be as close
to the corresponding stress trajectories as possible.

The material used was glulam GL 28h, obtained by two
manufacturers. For all configurations, the cross-sectional
dimensions were b x h = 120 x 400 mm. After delivery, the
beams were stored in the normal climate of the airconditioned testing hall. At the time of the experiments,
the average moisture content of the specimens was
MCm = 11.8 % (CoV = 10.7 %), the average density
ρm = 465 kg / m³ (CoV = 3.0 %).
The test set-up corresponded to a 3-point bending test,
which was carried out displacement-controlled at a
constant rate. The loading procedure was according to
DIN EN 26891:1991-07, testing the beams with selected
load levels of F = 60 kN and F = 15 kN (load application
to 0.4 Fest , held constant for 30 s, load reduction to
0.1 Fest , held constant for 30 s, load increase until
fracture).

Figure 2: Test configurations for investigation of the parameters eccentricity, clear distance and effect of reinforcement
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2.2 RESULTS

Figure 3: Stepwise failure characteristics (left: crack
initiation; middle: full crack; right: ultimate load)

Due to this fact, the test results given in the following
were differentiated according to the aforementioned
steps of failure. Specific failure characteristics of the
individual configurations are only discussed, if they
differed from the characteristics presented in this section.
2.2.2 Test results
The test results are presented separately for each
configuration. To understand the underlying values in
detail a summary of the results is listed in Table 1.
 Single holes arranged eccentrically (d / h = 0.35)
In the unreinforced state only a marginal influence of the
eccentricity could be observed for all three levels of
failure, see Figure 4. From the crack initiation to
ultimate load, a load increase of around 20 % can be
seen. The CoV for the first step of failure (crack
initiation) is higher than for the following steps of
failure. This finding is valid for all tested configurations
and mirrors the findings reported in [3].
In the reinforced state - compared to the unreinforced
state - load increases of around 40 % were achieved at
the level of crack initiation. At the levels of full crack
and ultimate load up to 100 % load increase was
observed, dependent on the eccentricity. Clearly visible
are the decreasing loads for the levels of full crack and
ultimate load, when grouping the eccentricity of the
holes from the edge under compressive bending stresses
to the edge under tension bending stresses. At the
eccentricity e / h = + 0.175, an additional failure mode in
the form of a bending tension failure between the lower
edge of the hole and the lower edge of the beam, in the
area penetrated by the fully threaded screws, occurred.

eccentricity e/h [-]

-0.175

n=2
n=2

-0.100
0.100

n=2

0.175
0

20

40
60
80
100
shear force Vm [kN]
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7
crack initiation
full crack
ultimate load
Weibull
9
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10
crack initiation
full crack
ultimate load
Weibull
Weibull
120

Figure 4: Test data (mean values) of holes arranged
eccentrically (d / h = 0.35)

 Single holes arranged eccentrically (d / h = 0.25)
For the configurations with the smaller hole diameter in
the unreinforced state a more pronounced influence of
the eccentricity was determined, with higher loads for
larger eccentricities, see Figure 5. However, due to the
partially unexpected low load values, only the results of
the two new specimens are used for further
considerations, see also section 3.4. Presumably the first
testing process caused a kind of pre-damage, which
resulted in lower load values in the repeated testing
process.
unreinforced
7
crack initiation
full crack
ultimate load
Weibull
Test
results
Anriss
n=2
only
on then=2
Durchriss
basis
of then=2
Höchstlast
two
12 new
specimens
13
15

- 0.225
eccentricity e/h [-]

2.2.1 Failure characteristics
In most cases the following failure characteristics,
following three steps of failure, could be observed, see
Figure 3.
The first sign of a beginning failure was an initial
cracking in the middle of the cross-sectional width due
to tension perpendicular to the grain (crack initiation).
After that the increasing load led to a crack growth
across the cross-sectional width to both side faces (full
crack). The last step could be characterized by a
progressive failure in the longitudinal direction up to the
beam end due to tension perpendicular to the grain
and/or shear (ultimate load).

-0.100
0.100
0.225

0

20

40
60
80 100
shear force Vm [kN]

120

Figure 5: Test data (mean values) of holes arranged
eccentrically (d / h = 0.25)

 Groups of holes arranged in horizontal direction
(d / h = 0.35)
In the unreinforced state a decreasing clear distance
between the holes resulted in decreasing loads and
thereby in an increasing mutual influence of the two
holes for all three levels of failure, see Figure 6.
Compared to the configuration of an individual hole with
the same eccentricity, the group arrangement with the
largest clear distance “lz = 1.05 h” failed at only
negligibly lower loads.
The percentage load increases in the reinforced state at
the level of crack initiation are in a similar range
compared to those of the reinforced individual holes. At
the levels full crack and ultimate load they are, however,
in most cases limited due to the premature failure of the
beams in global bending/shear.
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 Groups of holes arranged in vertical direction
(d / h = 0.25)
Compared to single unreinforced holes with the same
eccentricity, the failure of the vertical groups appeared at
negligibly lower loads, i.e. the mutual influence in this
configuration was small, see Figure 7.
In the reinforced state diverse failure modes could be
observed: shear failure in the region of the holes up to

90

no data for the
reinforced state

80
70

40
30
20

n=2

50

10
0

0.20 h
clear distance lz [-]

n=2

60

n=2

Figure 6: Test data (mean values) of groups of holes arranged
in horizontal direction (d / h = 0.35)

the beam end/bending tension failure at the lower edge
of the cross-section in the area of the screws/combined
tension perpendicular to the grain - bending tension shear failure. The percentage load increases are small in
comparison to the individual holes reinforced with
inclined fully threaded screws.

shear force Vm [kN]
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shear force Vm [kN]

110
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Global failure of the beams in
100
bending/shear distant to the holes
crack initiation
90
full crack
80
ultimate load
70
Weibull
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50
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0
single hole dWeibull
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Figure 7: Test data (mean values) of the groups of holes
arranged in vertical direction (d / h = 0.25)

Table 1: Test results (c.i.: crack initiation; f.c.: full crack; u.l.: ultimate load)

e / h = - 0.175
c. i. f. c. u. l.
no. 1
38.0 58.9 58.9
no. 2
62.3 72.6 72.6
no. 3
53.4 57.2 57.2
Vm [kN] 51.2 62.9 62.9
CoV [%] 24.0 13.4 13.4

lz = 0.35 h
c. i. f. c. u. l.
no. 1
31.1 37.3 39.2
no. 2
42.5 42.9 44.0
no. 3
21.8 39.8 39.8
Vm [kN] 31.8 40.0 41.0
CoV [%] 32.6 7.0 6.4

lz = 0.20h
c. i. f. c. u. l.
no. 1
71.0 71.0 71.0
no. 2
60.8 66.5 66.5
no. 3
43.7 52.4 65.9
Vm [kN] 58.5 63.3 67.8
CoV [%] 23.6 15.3 4.1

without reinforcement
e / h = - 0.100
c. i. f. c. u. l.
40.2 56.9 56.9
42.5 50.8 50.8
55.7 55.7 55.7
46.1 54.4 54.4
18.1 5.9 5.9

Single holes arranged eccentrically (d / h = 0.35)

e / h = 0.100
c. i. f. c. u. l.
48.4 51.1 53.2 60.9 60.9
48.0 53.3 58.8
49.9 55.1 59.8
5.8 9.3 2.4

e / h = 0.175
c. i. f. c. u. l.
56.1 56.1 56.1
33.8 44.9 63.6
45.4 49.9 49.9
45.1 50.3 56.5
24.6 11.1 12.1

e / h = - 0.175
c. i. f. c. u. l.
no. 1 78.5 102.2 115.0
no. 2 85.3 no. 3 66.0 104.1 112.4
Vm [kN] 76.6 103.1 113.7
CoV [%] 12.8 1.3 1.6

with reinforcement

e / h = - 0.100
c. i. f. c. u. l.
51.2 104.3 109.7
56.9 103.8 103.8
69.3 91.7 110.1
59.1 99.9 107.8
15.6 7.1 3.2

e / h = 0.100
c. i. f. c. u. l.
83.0 91.6 91.6
73.2 89.8 89.8
49.1 79.5 85.6
68.5 87.0 89.0
25.5 7.5 3.5

Groups of holes arranged in horizontal direction (d / h = 0.35)
without reinforcement
with reinforcement
lz = 0.70h
c. i. f. c. u. l.
36.2 42.6 45.7
36.2 41.4 42.2
35.0 42.3 42.3
35.8 42.1 43.4
2.0 1.6 4.6

lz = 1.05 h
c. i. f. c. u. l.
48.0 49.7 49.7
49.2 56.9 60.0
26.5 55.1 55.8
41.2 53.9 55.2
31.0 6.9 9.4

lz = 0.35 h
lz = 0.70h
lz = 1.05 h
c. i. f. c. u. l. c. i. f. c. u. l. c. i. f. c. u. l.
no. 1 34.3 - 66.9 40.5 - 65.3 42.5 76.5 89.2
no. 2 40.1 52.8 83.3 45.8 - 84.1 56.2 - 75.4
no. 3 53.6 - 71.8 35.6 - 65.3 53.6 - 74.4
Vm [kN] 42.6 - 74.0 40.6 - 71.6 50.7 - 79.7
CoV [%] 23.2 - 11.3 12.6 - 15.1 14.3 - 10.3
global failure in bending/shear distant to the holes

Groups of holes arranged in vertical direction (d / h = 0.25)
without reinforcement
with reinforcement
lz = 0.20h
c. i. f. c. u. l.
no. 1 60.6 76.3 76.3
no. 2 60.9 69.2 84.3
no. 3 62.5 62.5 84.2
Vm [kN] 61.3 69.3 81.6
CoV [%] 1.7 9.9 5.6

without reinforcement

Single holes arranged eccentrically (d / h = 0.25)

e / h = - 0.225
e / h = - 0.100
e / h = 0.100
e / h = 0.225
c. i. f. c. u. l. c. i. f. c. u. l. c. i. f. c. u. l. c. i. f. c. u. l.
no. 1
59.6 71.0 79.3 36.0 51.6 55.7 43.5 48.7 55.7 52.6 59.9 73.4
no. 2
52.7 57.9 76.0 36.7 55.2 58.5 50.2 60.4 67.0 70.0 70.0 71.8
no. 3
45.0 66.0 72.5 36.7 60.6 65.1 42.3 52.8 64.1 49.8 69.2 71.4
Vm [kN] 52.4 65.0 75.9 36.5 55.8 59.8 45.3 54.0 62.3 57.5 66.4 72.2
CoV [%] 13.9 10.1 4.5 1.1 8.1 8.0 9.4 11.0 9.4 19.1 8.4 1.5
new specimen which were tested for the first time

e / h = 0.175
c. i. f. c. u. l.
65.0 77.0 78.0
67.9 79.7 83.4
67.9 81.8 85.6
66.9 79.5 82.3
2.5 3.0 4.7
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3 NUMERICAL INVESTIGATIONS
3.1 NUMERICAL MODEL
Numerical investigations were realized in order to
estimate the load-bearing capacities of the tested glulam
beams as well as to investigate the general behaviour of
round holes in glulam beams with/without the effect of
reinforcement by fully threaded screws. A two
dimensional simulation model with orthotropic material
properties of glulam according DIN EN 14080:2013-09
(mean values) was set up in the FEM-software ANSYS
14.5, see Figure 8. Beam elements featuring the isotropic
material behaviour of steel and a circular cross section,
corresponding to the core diameter of the screws, were
used for simulating the reinforcing elements. The
interaction between the screws and the timber was
modelled by spring elements in axial (withdrawal
stiffness kax) and lateral direction (embedding stiffness
kser) of the screw axis. Embedment lengths were
determined by considering the locations of the maximum
tension stresses perpendicular to the grain at the hole
edge in the unreinforced state. The whole computation
was performed on the basis of linear elastic behaviour.
V
σt,90,max

lef,3

lef,4

lef,1

detail
lef,2

Assuming that the stiffness in axial direction features the
same behaviour in tension and compression, in a first
step a compressive load was applied only to the wooden
cross-section of the specimens according the test set up
in Figure 9. Thereby the length variations of the screws
between the end parts, penetrating through the holes in
the steel plates, were measured, see Figure 9.

α

lef

Figure 9: Test set up for investigation of the withdrawal
stiffness kax

Results of these tests are shown in Figure 10 for the
example of an angle between screw axis and fibre
direction of α = 60°. Each curve within the load range
F = 10 kN to F = 25 kN was approximated by a linear
function. Afterwards the mean values of the gradients
(force per length variation of the screw) out of the five
single tests were determined.
30000

25000

Figure 8: Numerical model (top: entire model; bottom: detail
of the interaction between screw and timber)

3.2 STIFFNESS OF REINFORCEMENT IN
AXIAL AND LATERAL DIRECTION
For the embedding stiffness, kser, values for different
angles between screw axis and fibre direction could be
derived from [4]. Due to the significant influence of the
magnitude of the withdrawal stiffness, kax, on the loadbearing capacities, it was decided to realize separate
tests.
Referring to the approach reported in [5], the following
parameters were investigated:
 d = 10 mm
 lef = 80 mm / 120mm / 180 mm
 α = 45° / 60° / 90°
In total the test program encompassed 45 specimens, 5
specimens per configuration. The material used was
GL 28h. The average density of the specimens was
ρm = 471 kg / m³ (CoV = 4.7 %).

Load F [N]

kax
kser

lef

lef = 80 mm lef = 120 mm lef = 180 mm

20000

α = 60°

15000
10000
5000
0
-0.05

- 0.05

- 0.15
- 0.25
- 0.35
change of length ∆l [mm]

- 0.45

Figure 10: Results of the tests for the example of an angle
between screw axis and fibre direction of α = 60°

In a second step simulations were done by using the
numerical model shown in Figure 11. Assuming a
constant distribution of the withdrawal stiffness along
the embedment length lef, the stiffness values of the
springs were adjusted iteratively, so that the length
variations of the screws in the tests and in the
simulations matched.
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stressed volumes V
in tension perpendicular
to the grain

detail
lef

σt,90,max

∆l

full
constraint

lef

kax

Figure 13: Maximum stresses σt,90,max and stressed volumes V
in tension perpendicular to the grain

Figure 11: Numerical model for the determination of values of
the withdrawal stiffness kax

Results of the simulations and approximated equations
for the mean withdrawal stiffness kax are shown in Figure
12. The approximated equations correspond to the
equation derived in [4], adjusted in the numerical
prefactor.
withdrawal stiffness kax [N/mm²]
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0
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The determination of the load-bearing capacities was
performed at the level of mean values using a strength
value perpendicular to the grain ft,90,m = 0,83 N/mm²
(mean value of test results reported in [6] and [7]). As a
result a failure perpendicular to the grain can be
estimated with this approach. This corresponds to the
second step of the failure characteristics, the crack
growth reaching both side faces (full crack).
3.4 COMPARISON BETWEEN TESTS AND
SIMULATION
For verification of the numerical model and the
determined values of the withdrawal stiffness kax, strain
measurements were carried out in some reinforcing
elements. Figure 14 shows the principal application of a
strain gauge.
detail 1

detail 1

exit for the
strain gauge
wire

200

Figure 12: Determined values of the withdrawal stiffness kax
detail
2

3.3 ESTIMATION OF LOAD-BEARING
CAPACITIES

detail 2

strain
gauge

adhesive

For estimating load-bearing capacities on the basis of the
aforementioned numerical model and stiffness
characteristics the Weibull based design approach
reported in [3], applying equations (1) to (3), was used.
Figure 14: Strain gauge application in the screws

𝜎𝑡,90,𝑚𝑎𝑥 = 𝑘𝑑𝑖𝑠 𝑘𝑣𝑜𝑙 𝑓𝑡,90,𝑚
𝑉

𝑘𝑑𝑖𝑠 = ( ∗)

1
𝑘

𝑉

𝑉

𝑘𝑣𝑜𝑙 = ( 0)
𝑉

1
𝑘

(1)
𝜎𝑡,90 (𝑥,𝑦,𝑧)

𝑘

) 𝑑𝑉

(2)

where 𝑉0 = 0,01𝑚3 𝑎𝑛𝑑 𝑘 = 5

(3)

where 𝑉 ∗ = ∫ (

𝜎𝑡,90,𝑚𝑎𝑥

The required values for equations (1) to (3), the
maximum stress perpendicular to the grain σt,90,max and
the stressed volumes V in tension perpendicular to the
grain, are illustrated in Figure 13.

Starting from the head of the screw, a centric drill hole
of a diameter 2 mm was produced. After inserting an
appropriate epoxy resin adhesive, a cylindrical strain
gauge was placed in the fluid adhesive. The wires of the
strain gauges were led out through a lateral drilling
below the head, so that the application of the strain
gauge could be realized before setting the screw.
A comparison between the axial forces in the screws
derived by strain measurement in the tests and the
simulation is illustrated in Figure 15. Due of the fact,
that the numerical simulations were done only in the
linear elastic range, a comparison is possible only up to
the load level of beginning failure (crack initiation).
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Nevertheless, good agreement in this range confirms the
validity of the chosen methods.

elements, which were applied at a constant angle α = 60°,
differ. The larger this distance the slighter the
reinforcing effect. The influence of this parameter is
discussed in detail in the following section.

strain
gauge

e / h = 0,175

distributions of
axial forces
in screws
e / h = - 0,100; specimen no. 1

20

ultimate load

100

16

full crack

12

75
crack initiation

50

shear force
screw 1
screw 2
simulation

25

0

0

5
10
15
20
displacement test cylinder [mm]

25

8
4

0

Figure 15: Strain measurement in screws (top left: situation;
top right: simulation; bottom: comparison of test results and
simulation)

 Single holes arranged eccentrically (d / h = 0.35)
In Figure 16 a comparison between the test data (mean
values) and the estimated load-bearing capacities is
illustrated. In the unreinforced state good agreement can
be stated continuously, in the reinforced state the
estimated load-bearing capacities are slightly too low.
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n=2

-0.100
0.100
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9
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ultimate load
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Weibull
120

Figure 16: Comparison of test data (mean values) and
estimated load-bearing capacities of holes arranged
eccentrically (d / h = 0.35)

The reason for the decreasing test results, when grouping
the eccentricity of the holes from the edge under
compressive bending stresses to the edge under tension
bending stresses, can be derived from Figure 17. In
dependence of the eccentricity the locations of the
maximum tension stresses perpendicular to the grain at
the hole edge – and in general the distributions of these
stresses in the periphery – differ. As a result, the
distances between these locations and the reinforcing

e / h = - 0,175
Figure 17: Distributions of stresses in tension perpendicular to
the grain for two different configurations in the reinforced
state at the same load level

 Single holes arranged eccentrically (d / h = 0.25)
The partially unexpected low values mentioned in
section 2.2.2 are illustrated for these configurations in
Figure 18. A comparison of all test data and the
estimated load-bearing capacities shows a continuous
discrepancy. However, the test results of the two new
specimens and the estimated values show good
agreement.
unreinforced
7
crack initiation
full crack
ultimate load
Weibull
Test results
Anriss
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Höchstlast
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shear force V [kN]

125

axial forces in screws [kN]

e / h = - 0,100

-0.100
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80 100
shear force Vm [kN]
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Figure 18: Comparison of test data (mean values) and
estimated load-bearing capacities of holes arranged
eccentrically (d / h = 0.25)

 Groups of holes arranged in horizontal direction
(d / h = 0.35)
While in the unreinforced state test results and estimated
values are also in good agreement, in the reinforced state
no clear statement is possible because of the different
failure modes, see Figure 19. However, the estimated
load-bearing capacities tend to be also slightly too low.
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n=2

Figure 19: Comparison of test data (mean values) and
estimated load-bearing capacities of groups of holes arranged
in horizontal direction (d / h = 0.35)

 Groups of holes arranged in vertical direction
(d / h = 0.25)
The comparison in the case of the vertical group shows
good agreement in the unreinforced as well as in the
reinforced state, see Figure 20.
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single hole
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Figure 20: Comparison of test data (mean values) and
estimated load-bearing capacities of groups of holes arranged
in vertical direction (d / h = 0.25)

The comparatively low effect of the reinforcing elements
can be explained by the distribution of the tension
stresses perpendicular to the grain illustrated in Figure
21.
In the unreinforced state the upper hole was decisive for
the test results. Due to the comparatively small distance
between the location of the maximum tension stresses
perpendicular to the grain and the screws, the reinforcing
effect is obvious for this hole.
In contrast, a comparison of the tension stresses at the
lower hole in the unreinforced and reinforced state
shows only a slight reinforcing effect. Because of the
larger distance between the location of the maximum
stresses and the screws, that hole was decisive in the
reinforced state, resulting in a comparatively slight load
increase of the reinforced vertical group.

Figure 21: Distributions of tension stresses perpendicular to
the grain at the same load level (left: unreinforced state; right:
reinforced state)

3.5 PARAMETRIC STUDIES
In parametric studies based on the configuration “single
holes arranged eccentrically (d / h = 0.35)” the influence
of the parameters angle α between screw axis and fibre
direction as well as distance a between screw axis and
hole edge was quantified.
 Angle α between screw axis and fibre direction
In Figure 22 the estimated load-bearing capacities are
illustrated in the unreinforced state as well as in the
reinforced state for the three different inclinations of the
screws investigated in section 3.2. Thereby, the distance
a between screw axis and hole edge was kept constant at
20mm. While for locations of the holes in the area under
compression bending stresses the chosen inclination in
the tests α = 60° reveals the highest values, for locations
of the holes in the bending tension part an inclination of
α = 45° would have been the better choice. Clearly
visible are the higher load-bearing capacities in the cases
of inclined application of the reinforcing elements in
contrast to an inclination of α = 90°.
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Figure 22: Load-bearing capacities in dependency of the angle
α between screw axis and fibre direction

 Distance a between screw axis and hole edge
Figure 23 shows the significant influence of this
parameter for the chosen eccentricities. An increasing
distance a results in decreasing load-bearing capacities,
whereby the changes between the single steps decrease
with an increasing distance. For very large distances the
behaviour converges against the values obtained in the
unreinforced state. The angle between screw axis and
fibre direction was throughout α = 60°. The trend for
other inclinations will be comparable, however, the
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values will differ because of the differing distances
between reinforcing element and maximum stress in
tension perpendicular to the grain.
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Figure 23: Load-bearing capacities in dependency of the
distance a between screw axis and hole edge

4 CONCLUSIONS AND OUTLOOK
The results of the experimental investigations show good
agreement with the numerical investigations and
corresponding Weibull based design approach. Strain
gauge measurements in reinforcing elements confirm the
validity of the chosen methods.
The positive influence of fully threaded screws applied
as reinforcement at an angle to the grain and as close as
possible to the location of maximum tensile stresses
perpendicular to the grain was shown.
The results of the numerical investigations are
influenced by the axial withdrawal stiffness of the fully
threaded screws. Hence, this parameter was
experimentally derived for common cases of application.
Further numerical investigations in combination with full
scale tests will be realized to provide a larger basis for
deriving a general statement on the influence of
eccentricity of holes as well as distance between holes.
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PERFORMANCE OF SELF-TAPPING SCREWS AND THREADED STEEL
RODS IN SHEAR REINFORCEMENT OF GLULAM BEAMS
Robert Jockwer1, René Steiger2
ABSTRACT: Norway spruce glulam beams with artificial horizontal slits of different length and depth were reinforced
using self-tapping screws and threaded steel rods in order to restore their load-carrying capacity and stiffness. The study
aimed at evaluating the effects of strength and stiffness of the applied reinforcing elements on the load-carrying capacity
and stiffness of glulam beams after retrofitting. Self-tapping screws and threaded steel rods of different diameter have
been evaluated in the study and different numbers of reinforcing elements have been applied. Shear failure of the beams
with artificial slits of different depth was provoked in loading cycles with stepwise installation of the reinforcing elements
in the beam parts failed in the preceding test. The reinforcing effect of the tested self-tapping screws and threaded steel
rods reached and partly exceeded the estimated level calculated with selected analytical models. Unfavourable structural
behaviour arose in some cases from crack opening during installation of the rods causing a very low initial stiffness.
Comparison of test results to calculations of stiffness and load-carrying capacity of the reinforced beams applying the
γ-method, the shear analogy method and a truss model revealed that the γ-method and the shear analogy method provided
the best estimates of strength / stiffness of the reinforced beams.
KEYWORDS: Shear strength, reinforcement, self-tapping screws, threaded steel rods, strengthening, glulam, cracks

Doubts about sufficient shear strength or stiffness in most
cases in practice do not arise from a change in use
accompanied by increased loads (here in the majority of
the cases bending strength and flexural stiffness are
decisive) but rather from cracks in solid timber or glulam
cross-sections.
One of the possible solutions in such cases is to strengthen
the cracked beams by applying different techniques
aiming at redistributing stresses after crack initiation and
preventing cracks from growing. Final choice of

reinforcing technique to be applied relies on different
considerations but two points of big importance are (i) to
try to restore not only strength but also stiffness and if
possible (ii) to change the brittle failure behaviour of
timber in shear to a (more) ductile one.
Cracks in timber structural elements may occur due to
stresses perpendicular to the grain, shear stresses or a
combination thereof exceeding the respective
(comparably low!) strength levels in the wood, which is
associated with mode I, mode II or mixed mode fracture
respectively. These stresses may have been caused by
changes in moisture (shrinkage) or simply result from
specific geometrical properties of a structural element
(e.g. curved or tapered beams, beams with holes or
notches, step joints, connections perpendicular to the
grain, frames, etc.) or from structural peculiarities in the
wood as grain deviations, knots, orientation of annual
rings with respect to acting forces, etc.
Apparent cracks may also turn out as being delamination
in bond lines, which is a phenomenon requiring special
attention since beside excessive stresses, it may also have
been caused by insufficient quality measures in the
bonding process or loss of cohesive or adhesive strength
of the adhesive due to accelerated aging or nonappropriate use of an adhesive product with respect to
climatic conditions the structure is exposed to.
Reinforcement techniques to be applied in such cases may
be identical to those for strengthening beams with cracks.
However, from the point of view of reliability of the

1

2

1 INTRODUCTION 123
Shear failure of glulam beams is an important failure
mechanism that has to be accounted for especially in
situations where drying cracks occurred due to e.g.
variations in moisture content [1]. The effective area
contributing to shear resistance is reduced near the crack
and early shear failure of the remaining cross-section is
most likely to occur. Although this topic has already been
discussed in several studies (e.g. [2,3]) it is still of major
interest because in practice cracks in glulam beams quite
frequently exist and the designers have to be provided
with rules and methods on how to estimate the residual
load-carrying capacity and stiffness of such beams and on
how the efficiently restore the respective original values.

2 SHEAR REINFORCEMENT
2.1 GENERAL / APPLICATION
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respective structural member, doubts in sufficient strength
of bond lines will most probably require more detailed
investigations and additional measures in retrofitting the
structure.
2.2 TYPES OF REINFORCEMENT
Different types of reinforcement can be applied in order
to restore shear stiffness and strength of glulam beams.
The most important properties the reinforcement has to
provide are high strength and stiffness and an easy
applicability of the reinforcing elements in most cases onsite in already built-in structural members. Examples of
such retrofitting elements are self-tapping screws [3,4],
glued-in rods [5], externally adhered engineered wood
panels or fibre reinforced plastic (FRP) sheets [6]. All
mentioned types of retrofitting elements have different
and specific properties in terms of strength and stiffness.
Hence, their suitability has to be evaluated for each
specific reinforcing purpose.
2.3 COSTS, EFFICIENCY AND PERFORMANCE
Criteria helping in deciding for a specific retrofitting
element or technique are: costs (of material, execution,
tools, scaffolding / lifting platform and due to interruption
or limitation in regular use of the building, etc.), fire
resistance, durability (corrosion of metallic elements,
aging of adhesives, changes in moisture content, etc.),
application and quality control on-site, failure behaviour
(brittle / ductile) and last but not least optical appearance
of the reinforced structural element (which e.g. is an
important criterion in the case of retrofitting measures in
historical buildings).

3 MODELS
Different models can be used to determine stresses and
deformations in the reinforcing elements and loadcarrying capacity and stiffness of the reinforced beam. As
frequently applied methods, the γ-method [7], the method
of shear analogy [8] and calculations using a truss model
[9] are presented in the following chapters. A summary of
different contributions in literature related to strength and
stiffness calculations of jointed beams is given in [10].

combined cross-section with soft shear connection is
accounted for by a reduction of the moment of inertia I of
the cross-section. Deformations and stresses can be
calculated by using this reduced stiffness assuming a full
cross-section. Combined cross-sections consist of two or
more single cross-sections which are jointed
(mechanically or by surface bonding) in order to act as a
full cross-section (Figure 1).
From the differential slip between members with a soft
connection (connectors with stiffness K in distance e from
each other), the distribution of normal forces can be
derived by solving the following differential equation,
where N is the normal force, M is the bending moment, Ei
and Ai are the modulus of elasticity and the area of the
cross-section of the individual parts respectively:

N
N
e d 2 N1
M  h1 h2 
 1  2 
  0
K dx 2
E1 A1 E2 A2 EI c  2 2 

A solution of Equation (1) can be found for simple
supported beams with constant cross-section and evenly
distributed connections, loaded by a distributed load of
sinusoidal shape. Möhler [12] calculated the normal
forces Ni for these boundary conditions as follows:

Ni 

h2

a1
a2

K

h

e
l

b

Figure 1: Single span beam consisting of a combined crosssection of two individual beams (with respective height hi and
position of the centroid axis ai) mechanically jointed by means
of connectors with stiffness K and distance e.

3.1 THE γ-METHOD
A widely used and established method to estimate
strength and stiffness of jointed beams is the γ Model
which is described in Appendix B of EN 1995-1-1 [11].
According to this method the reduced stiffness of a

M max
x
 ai Ai sin
l
Ic

(2)

where γ is the parameter describing the stiffness of the
connection (joint) between the members (rigid
connection: γ = 1; no connection: γ = 0):

1


1

 2 EA1e

(3)

2

l K

The distance ai of the individual member’s centroid axis
from the effective centre of gravity of the full crosssection is:
hi
 as
2

(4)

1  1 E1 A1h1   2 E2 A2 h2
2  1 E1 A1   2 E2 A2

(5)

ai 

as 

2V
h1

(1)

The effective moment of inertia of the combined crosssection Ic can be calculated by reducing the Steiner parts
Ai·ai2 in the equation for determination of the moment of
inertia with the factor γ as follows:

Ic 

n

bhi3

 12
i 1



n

 A  a 
i 1

i

2
i

(6)

A single connector is subjected to the shear force Fi:
Fi 

 i Ei Ai ai ei
EI c

V

(7)

The impact of the connector stiffness K on the force to be
transferred by the reinforcement is illustrated in Figure 2.
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The shear analogy method was developed by Kreuzinger
[8] and is part of DIN EN 1995-1-1/NA:2010 [13]. The
contribution of the bending stiffness of the individual
members and the contribution of the compound and the
shear stiffness including the compliant connection of the
members is modelled separately (Figure 3).
Two parallel beams represent the sum of bending stiffness
(beam A) and the contributions by the Steiner parts (beam
B) of the individual components of the combined crosssection and are defined as follows [13]:

BB 

bhi2
12

(8)

E A a

(9)

n

i

i 1
n

i

i 1

The shear stiffness Sxy of the reinforcing elements and the
shear moduli Gi of the timber are assigned to beam B.






(10)

The stiffness of the reinforcing elements is evenly
distributed along the crack length:
k

K
e

EI

(11)

Since, in reality being one beam consisting of two jointed
parts, the deflections of beam A (with bending stiffness
BA) and beam B (with shear stiffness BB and connector
stiffness Sxz) have to be coupled. In the model this is
accounted for by inserting truss elements with hinges
between beams A and B as illustrated in Figure 3.
For calculating the stresses and deflections a conventional
software package can be applied.

I1
I2

*

Figure 3: Glulam beam with shear crack, shear reinforcement
and compression perpendicular to the grain reinforcement at
the supports and load-introduction point (top); calculation
models applied and compared in this study (bottom).

3.3 TRUSS MODEL
The two presented models involve the shortcoming that
the exact position of the reinforcing elements cannot be
accounted for. Here a truss model can help. The timber
parts of the cross-section are assigned to beam elements
representing top and bottom chord of the truss. The
reinforcing elements are coupled to the chords by means
of cantilever beams having assigned the stiffness of the
reinforcement (Figure 4) [9]:

EI * 

2
i i

n 1
 n1 1
hi
h
h1
1
1




 n

2 
S xz a1  an   i 1 k x,i 2G1 i 2 Gi 2Gn

BA
BB+Sxy

Truss-Model

3.2 SHEAR ANALOGY METHOD

E

300
Shear Analogy Method

0

Figure 2: Shear force F in the reinforcement versus connector
stiffness K for a shear force V = 100 kN and according factor. The range of connector stiffness relevant in practice is
highlighted in grey colour.

BA 

Ic

0.05

γ



K ser 3
a1  a23
3



a1

0

[mm]

2250
Static models:
γ-Method

EI*

(12)

a2

5

300

0.3

75 75

2445

30

γ [-]

F [kN]

WCTE 2016 e-book | 2783

Figure 4: Truss model of a reinforcing element and definition
of the equivalent bending stiffness of the cantilever [9].

Again, the deformations and stresses in the individual
members can be determined by means of a conventional
software package. Additional hinged trusses are included
in order to secure equal deflection of the upper and lower
part truss similar to the shear analogy method (see 3.2).
3.4 COMPARISION OF THE THREE MODELS
In all the three methods described above certain
simplifications are made. In both the γ-method and the
shear analogy method the shear connection between the
parts of the combined cross-section are not modelled as
individual members but as evenly distributed connection.
Depending on the size and number of reinforcing
elements as well as on their mechanical properties, this
assumption is not capable of accounting for the local
effects at the coupling points.
The truss model allows considering individual shear
connectors with their exact position along the beam axis.
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One shortcoming of the truss model is that the reinforcing
effect of the connectors is accounted for by the stiffness
of cantilever elements, whose length is based on
simplified assumptions.
Advantages of the γ-method are ease of use and the
possibility of determining deflections and stresses
analytically. In addition the γ-value allows an easy
quantification and comparison of the reinforcing effect of
different reinforcing elements.

4 EXPERIMENTS
Experiments on short glulam beams with artificially made
cracks subjected to 3-point bending were carried out in
order to compare different reinforcement methods and
applicability as well as accuracy of the three models
presented in chapter 3 [14]. A special focus was put on
comparing the reinforcing effect of few connectors of
bigger diameter and many of smaller diameter.
4.1 MATERIAL AND METHOD
4.1.1 Timber
The test specimens consisted of Norway spruce (picea
abies) glulam beams with geometrical dimensions
2445 mm x 150 mm x 600 mm (length and cross-section)
and combined layout of 40 mm thick lamellas strength
graded to grades T11, T18 and T26 (Figure 5). The graded
lamellas were assigned to the respective strength classes
on base of density and Eigen frequency (or dynamic MOE
respectively) measurements. In all layouts T26 grade
lamellas were placed on the tension side of the beams in
order to prevent early bending failure.
The lamellae at half height of the beam were slit in order
to provoke shear cracking in the net cross-section. In
Figure 6 such a slit is shown together with a crack in the
reduced cross-section after shear failure. The slits had
different depths leading to a reduction of cross-section by
30%, 45% and 60% respectively. The size of the slits was
chosen in order to validate the recommendations given in
the Swiss Standard for the Maintenance of Existing
Timber Structures SIA 269/5:2011 [15] which base on
[16,17]: cracks with a depth less than 30% of the beam
width do not have to be taken into account when
determining the effective beam width in case of
verification of shear strength.
Beam nr.
6, 7, 8, 10 2, 3, 4

9

11, 12

600

40

1, 5

45

150

90

T11

45

90 34

T18

T26

34

[mm]

Figure 5: Layout of tested glulam beams in terms of strength
grades of lamellas and depths of slits (artificial cracks). The
investigated slip depths represent ratios of 30%, 60%, and
2 x 23% of the beam width (see Table 1).

Figure 6: Cross-section with 2 x 23% slit depth and shear
failure in the net cross-section.

Table 1 presents an overview on the key properties
(density, dynamic MOE, slit depth and experimentally
determined shear strength calculated with reference to the
full cross-section (fv,eff = 1.5 Vu/bh).
Table 1: Density, MOE, slit depth and effective shear strength
(reference: full cross-section) of the tested beams.

Beam

Density
Edyn
Slit
fv,eff
[kg/m3] [N/mm2]
depth
[N/mm2]
1
466
11’533
30%
3.48
2
483
13’520
30%
3.85*)
3
483
13’520
30%
3.71
4
487
13’366
30%
3.39
5
466
11’533
30%
3.39
6
467
11’608
60%
2.98
7
467
11’608
60%
3.14
8
472
11’691
60%
2.59
9
487
13’366
60%
3.34
10
472
11’691
60%
2.87
11
482
13’185
2x23%
3.70
12
482
13’185
2x23%
3.18
*)
The load Fu = 460 kN corresponding to the highest shear
strength was chosen as target value when reinforcing the
beams in step 2.
4.1.2 Reinforcement
Steel rods with metric thread [18] and self-tapping screws
[19] have been applied as reinforcing elements. Due to the
larger diameter the threaded rods require predrilling of the
holes. Beside prevention of splitting this predrilling
allows a higher precision in positioning the rods. The
geometrical properties of both screws and rods are
specified in the respective technical approvals [18,19]
(Table 2).
Table 2: Self-tapping screws WR-T [19] and threaded steel
rods WB-T [18] applied as reinforcement in the tests.

Type

d
[mm]
WR-T 13
13
WB-T 16
16
WB-T 20
20
d = outer thread diameter
d1 = inner thread diameter

d1
[mm]
8.5
12
15
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The stiffness parallel to the grain direction of the
reinforcing elements Kser being installed with an axis to
grain direction  can be calculated from the stiffness in
axial Kax,ser and lateral direction Kv,ser and by accounting
for friction (with coefficient  between the connected
timber elements as follows [20]:

K ser  K v,ser sin  sin    cos   

K ax,ser cos  cos    sin  

(13)

In EN 1995-1-1 [11] the following equations are given for
calculation of the lateral stiffness of screws Kv,ser based on
their diameter d (effective diameter, being equal to 1.1 d1)
and the characteristic value of timber density k:

K v,ser   k1.5 d / 23

(14)

According to the technical approval [19] the axial
stiffness of self-tapping screws Kax,ser is calculated from
the effective length of the screw lef and its diameter d:
K ax,ser  25lef d

(15)

No Kser values are available for threaded rods. For the
further calculations Equations (14) and (15) were applied
also to threaded rods of diameter d = 16 and 20 mm. For
wood surfaces not planed the friction coefficient can be
assumed in the range of 0.3 – 0.6 [21]. Since surfaces in
cracked areas may be uneven, indentation may occur,
increasing the friction effect [3].
The effective stiffness per shear surface of the
reinforcement in the shear crack is in the range of
Kser,45 = 22.1 - 30.1 kN/mm for WR-T 13, Kser,45 = 27.2 37.0 kN/mm for WB-T 16 and Kser,45 = 34.0 - 46.2 kN/mm
for WB-T 20 for a mean value of density
ρmean = 470 kg/m3 and a friction coefficient µ = 0 and 0.3,
respectively. In a series of block-shear tests with fully
threaded self-tapping screws subjected to combined axial
and lateral loading with different load to grain angles
Jockwer et al. [22] determined a stiffness value
Kser,45 = 27.2 kN/mm per shear surface. The load-carrying
capacities of the reinforcement used in the experiments
with a screw axis to grain angle of 45° can be calculated
by means of the interaction Equation (16) given in [23]
from the axial and lateral load-carrying capacity given in
[11,18,19].

4.2 TEST PROCEDURE
The beams were subjected to 3-point bending tests with a
span of 2.25 m which represents a span to height ratio of
3.75:1 and in all cases led to the intended shear failure.
Occurring high forces at loading points and supports were
transferred via compression perpendicular to the grain
stresses in the timber and glued-in steel rods, which
helped in providing higher compression perpendicular to
the grain strength as well as in getting a field of uniform
shear stress [24].
Figure 7 provides an overview on the experiments carried
out with beams of different layout, weakened by different
amount, length, width and depth of artificial slits and
finally strengthened again by setting reinforcing elements.
The test procedure consisted of three steps: In step 1 the
effect of different depths of the slits was evaluated with
regard to (shear) strength and stiffness of beams with
(artificial) cracks. Hence, when starting the investigations
of different strengthening methods (steps 2 and 3) the
beams contained shear cracks in the reduced crosssections at least along half of the beam length. In step 2
side (A) of the beam with pre-existing crack was
reinforced with sufficient safety margin (target value
Fu = 460 kN, see Table 1) in order to guarantee shear
failure of the non-reinforced side (B) before the loadcarrying capacity of the reinforced side (A) would be
reached. Consequently side (B), at that time still lacking
of any reinforcement, was tested to failure and the
stiffness of the reinforced side (A) was compared to the
one of the sound part (B) of the beam. Final step 3
consisted of reinforcing also side (B) however, with a
reinforcement whose stiffness and load-carrying capacity
was inferior to the one applied on side (A). In all steps the
stiffness of the reinforcing elements on both sides (A, B)
was measured from the relative shear displacement
between the upper and lower edges of the slit and ultimate
loads, mid-span deflections and failure modes were
recorded.
Step 1

FR,  FR,v  sin   cos    FR,ax sin    cos   (16)

Step 2

The resulting values of the load-carrying capacities are
listed in Table 3.

A

Table 3: Characteristic values of the lateral, axial and 45° to
grain load-carrying capacities for a timber density of
ρmean=470 kg/m3 and a friction coefficient µ=0 - 0.3.

Type
WR-T 13
WB-T 16
WB-T 20
*)
steel failure

FR,v
[kN]
11.9
12.7
18.5

FR,ax
[kN]
50*
79.4
99.2

FR,45
[kN]
44-52
68-82
86-104

Step 3
A

B

Slit

Crack

Figure 7: Overview of the steps of the experiments
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Table 4: Investigated types of reinforcement.

Beam

Side

n

1
1
2
2
3
3
4
4
5
5
6
6
7
7
8
8
9
9
10
10
11
11
12
12

A
B
A
B
A
B
A
B
A
B
A
B
A
B
A
B
A
B
A
B
A
B
A
B

6
6
3
6
4
5
3
6
4
12
6
6
5
3
12
6
5
3
5
3
6
4

d

[mm]

13
13
13
16
16
20
20
16
16
13
13
16
20
20
13
13
20
20
20
20
16
16

Atot

[mm2]

340
340
170
679
452
884
530
679
452
681
340
679
884
530
681
340
884
530
884
530
679
452

Kser,tot

FR,45,tot

133
133
66
163
109
170
102
163
109
265
133
163
170
102
265
133
170
102
170
102
163
109

264
264
132
408
272
430
258
408
272
528
264
408
430
258
528
264
430
258
430
258
408
272

[kN/mm]

[kN]

The investigated types of reinforcement are listed in Table
4. Reinforcement was designed applying the -method.
Resistance was estimated according to the technical
approvals [18,19] as listed in Table 3.
In order not to weaken the tensile zone of the beams,
driving the reinforcing elements into the glulam was
stopped when the tips reached the top side of the tension
face lamella. Lengths of steel rods were limited to
750 mm. Since leading to optimal performance of the
reinforcement (see e.g. [3]), all reinforcing elements were
set with an inclination of 45° with respect to the beam
axis.
4.3 RESULTS AND DISCUSSION
4.3.1 Shear strength of the beams
The shear strength in the gross and net cross-section
(fv,gro = 1.5V/(bh); fv,net = 1.5V/(befh)) determined in steps
1-3 are tabulated in Table 5. The ultimate shear stresses in
the gross section determined in experimental step 1 and
graphed in Figure 8 exhibit only slight decrease with
increasing slit depth, whereas the ultimate shear stress in
the net cross-section shows a considerable increase. This
can be explained amongst other by a volume [25] or size
effect [26] with fv = fv,ref·As-κ (As = sheared area). With
regard to the size effect on the shear strength of glulam
with rectangular cross-section an exponent κ = 0.20 - 0.41
is mentioned in [27]. In our tests on beams with slits the
best fit was determined with κ = 0.62 (Figure 8).
Benchmarking experimental results of step 1 (beams
without reinforcement) to regulations in standards
revealed that when reducing the characteristic value of
shear strength of glulam given in EN 14080 [28] with a

factor kcr = 0.67 (recommended value according to [29])
accounting for the influence of cracks, such influence of
cracks not exceeding 60% of the beam width is covered.
It appears however strange, assuming that glulam beams
contain cracks from the beginning. Cracks may be
prevented by adequate quality measures during
production and by considering the climatic conditions the
glulam beams will be subjected to on-site when deciding
for appropriate moisture content of the lamellas during the
face gluing process. Nevertheless, the characteristic
values of shear strength given in EN 14080 appear to be
not adequate for situations with the risk of cracking as e.g.
studied in this test series.
As expected, the ultimate shear stress in the gross and net
cross-section increases from step 1 to step 2. In step 2
shear failure occurred outside the slit in most of the cases.
In step 3 the shear strength in the remaining cross-sections
was sufficiently high to provoke bending or compression
perpendicular to the grain failure at the supports.
Table 5: Shear strength calculated for the gross and net crosssection. (Step 1: Cracked beams without reinforcement. Step 2:
Beams strengthened on side (A) shear failure on nonreinforced side (B). Step 3: Beams strengthened also on side
(B)  ultimate failure.

Beam

Step 1
Step 2
Step 3
fv,gro
fv,net
fv,gro
fv,net
fv,gro
[N/mm2]
[N/mm2]
[N/mm2]
1
3.5
>5.0
3.7
>5.3
2
3.9
5.5
3.6
>5.2
3.58*)
3
3.7
5.3
3.5
>4.9
3.42
4
3.4
4.9
3.8
>5.5
3.56*)
5
3.4
4.8
3.9
>5.5
3.44*)
6
3.0
7.5
2.9
7.2
3.58*)
7
3.1
7.9
3.0
>7.5
8
2.6
6.5
2.6
6.6
3.96*)
9
3.3
8.4
3.0
>7.4
3.47*)
10
2.9
7.2
2.9
7.3
3.34
11
3.7
6.7
3.8
>6.5
3.45+)
12
3.2
5.8
3.8
>6.9
3.48*)
Mean
3.3
6.9
3.4
7.0
3.38
CoV
11%
19%
13%
38%
*) Bending failure
+)
Compression perpendicular to the grain failure at the
support
The values of ultimate bending stresses reached in step 3
are in the range of 25 - 30 N/mm2 based on the assumption
of an entire undamaged cross-section and in the range of
50 - 60 N/mm2 based on the assumption of two completely
separated beams.
No major differences in the reinforcing effect between the
different types and amount of reinforcing elements have
been found in the tests. Hence, a rehabilitation of the loadcarrying capacity in shear of a beam weakened by cracks
applying self-tapping screws or threaded steel rods is
possible.
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Table 6: Stiffness of the beams as estimated from mechanical
properties of the lamellas and derived in the experiments
(inverse of the mid-span deflection in the elastic range)

Beam

Figure 8: Ultimate shear stress in the gross and net crosssection in dependency of the slit depth and fv,g,k = 3.5 N/mm2
according to EN 14080 [28] and the reduced shear strength
considering the effective width by the reduction factor
kcr = 0.67 according to EC5 [29].

4.3.2 Stiffness of the beams
During load application a linear elastic behavior of the
reinforced beams could be observed after exceedance of
an initial non-linear loading phase up to approx. 10-20%
of the ultimate load (Figure 9). This initial non-linear
behavior can be explained by the closing of the cracks.

1
2
3
4
5
6
7
8
9
10
11
12

Estimate
Step 1

Step 1

52.2
55.4
55.4
55.2
52.2
52.3
52.3
52.5
55.2
52.5
54.9
54.9

48.6
56.9
51.8
51.4
51.6
57.2
45.1
65.3
43.3
48.6
50.8
50.3

[kN/mm]

Experiment
Step 2
Step 3
[kN/mm]

42.5
42.6
30.4
40.1
40.6
36.9
32.2
32.2
38.0
32.4
43.3
42.0

31.8
21.7
27.2
29.5
33.3
30.8
36.1
25.7
29.5
31.4

The stiffness of the reinforced beams with shear cracks
(steps 2 and 3 in Table 6) was considerably lower
compared to the glulam beams with artificial slits but
without any shear cracks (estimate step 1). Despite of the
reinforcement the stiffness of the beams was reduced by
up to 50% due to the crack along half the beam length. For
a continuous crack along the entire beam length the
stiffness reduced by up to 65% (Table 6).
4.3.3 Impact of stiffness of reinforcement on
shearing deformation in the crack
The shear stiffness of the reinforcement is crucial in
making the individual beam parts work as an entire crosssection again. In the tests the differential displacement
between the upper and the lower edge of the crack was
measured close to the end of the beams. Examples of
recorded shearing deformations of cracks are shown in
Figure 10.

Figure 9: Load-deflection curves of beam 11.

The initial stiffness of the (undamaged) beams was
estimated from the dynamic MOE of the lamellas and
accounting for the specific beam layouts according to
Figure 5, as well as assuming a shear modulus of
G = 650 N/mm2. The effective stiffness of the beams
assessed in the experiments was calculated from the linear
elastic deflections between approximately 10% and 40%
of the maximal load. The respective values are listed in
Table 6. Experimental results revealed that the
assumption G = 650 N/mm2 was well appropriate.

Figure 10: Differential shear deformation of the edges of the
crack for equally reinforced beams with 5 steel rods of
diameter d = 20 mm in experimental step 2.
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It can be seen that some of the beams (e.g. beams 8 and
10) exhibit a very soft behaviour up to a load of
approximately 100 kN. This very soft behaviour occurred
in cases where the crack was opened during the driving in
of the steel rods. Hence, the crack needs to close before
the full stiffness of the reinforcement is activated. At load
levels higher than approximately 100 kN all beams show
a similar shear stiffness in the crack.
The effective stiffness of the reinforcement Kser can be
calculated from the differential shear deformation in the
crack in the linear part of the curves. In Figure 11 the
stiffness values per reinforcing element are graphed
versus diameter of the reinforcing element. The values
range from 12 to 45 kN/mm and show a large scatter. A
trend can be estimated for the mean values with increasing
diameter of the reinforcing elements.

Figure 11: Effective shear stiffness Kser of the reinforcement
versus diameter d of the reinforcing elements.

4.3.4 Evaluation of the reinforcing techniques with
regard to practical application
The self-tapping screws of type WR-T 13 offer the
advantage of not requiring predrilling of the holes
compared to the threaded rods of type WB-T 16 and 20.
However, a large portion of the screws tended to deviate
from the initial position during installation of the screws,
causing the screw tip bursting through the beam surface.
In addition the small diameter of the self-tapping screws
requires a larger number of reinforcing elements per
cross-section and length of the beam. The possible
minimal distances are one of the boundary conditions to
be met when choosing the optimal size and number of
reinforcing elements.
The threaded rods have to be inserted in predrilled wholes
since they lack of a self-drilling tip. The blunt front end of
these rods can cause an opening of the crack flanges when
the front end is passing the crack and no adequate
measured are taken to prevent crack opening e.g. by
subjecting the crack to pre-compression stresses by means
of clamps.

4.3.5 Evaluation of the reinforcing techniques with
regard to potential in restoring original
strength and stiffness of the beams
The unreinforced beams suffered from a reduction in
shear strength with increasing slit depth as shown in
Figure 8. Especially for slits with a depth of 60% of the
beam width the mean value of the shear stresses at failure
in steps 1 and 2 were considerably lower than the
characteristic value of shear strength fv,g,k = 3.5 N/mm2
specified in EN 14080 [28] for coniferous glulam of all
strength classes GL20 to GL32. Reinforcement of such
beams in practice would be necessary in any case. The
average shear stresses reached when testing beams with a
slit depth smaller than 60% of the beam width is in the
range of the characteristic value of shear strength
mentioned above. It can be expected that the
reinforcement has beneficial effect on the failure load for
these beams even without occurrence of cracks.
After appearance of cracks reinforcement is essential
when attempting to achieve the combined load-bearing
effect of the separated beam parts. The shear stresses in
the gross section from step 1 to step 2 could be increased
markedly and shear failure in step 2 occurred in all cases
on the beam side without reinforcement.
By gradually reinforcing the beams in steps 2 and 3, the
failure mode changed from shear failure towards bending
failure and compression perpendicular to the grain failure
of the support. In case of a full load-bearing effect of the
combined cross-section and due to the short-span test set
up bending failure was expected not to occur. However,
due to an incomplete reinforcing effect of the reinforcing
elements, the entire cross-section could only be partly
activated.
The stiffness of all beams decreased considerably from
step 1 to step 3 (in average 72% of the initial stiffness in
step 2 and in average 57% of the initial stiffness in step 3)
due to the occurrence of cracks. However, anyway the
reinforcement helps in increasing the stiffness by (in
average) 10% in step 2 and 17% in step 3 compared to the
estimated stiffness of the unreinforced beams acting as
two separate beams. Hence, it should be aimed at
preventing the full separation of cracked cross-sections as
early as possible. The injection of the crack by means of
adhesives is an alternative method to restore the shear
capacity of the cracked region [30].

5 ACCURACY OF THE CALCULATION
MODELS PRESENTED IN CHAPT. 3
When comparing selected analytical methods to calculate
the strength and stiffness of retrofitted glulam beams with
cracks (Table 7 and Table 8) it was found that calculations
with the method of shear analogy result in the lowest
values. Considerably higher shear forces were predicted
when applying the γ-method or the truss model. The shear
forces to be carried by the reinforcement shown in Figure
12 reach the level of the characteristic values of the
resistance of the screws and rods listed in Table 3,
especially when determined according to the γ-method.
However, no failure of the reinforcing elements was
observed in the tests.
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Table 8: Estimated versus experimental values of stiffness.

Mean value in experiments
γ-method
Shear analogy
Truss model

Step 2
[kN/mm]
37.0
36.5
38.0
54.7

Step 3
[kN/mm]
28.3
29.5
31.0
52.0

6 CONCLUSIONS

Figure 12: Shear force acting on the reinforcement along the
crack estimated with the γ-method, the shear analogy method
and with a truss model for an applied load on the beam of
460 kN representing the maximum value reached in 3-point
bending tests on beams without slits and cracks (Table 1).

The γ-method allows for a fast and simple comparison
between the reinforcing effects of different kinds of
reinforcement. The estimated γ-value was between 0.17
and 0.32. The highest stiffness was achieved in beams
reinforced by means of self-tapping screws.
Table 7: Comparison of the estimated and experimentally
derived values of the γ-value according to Equation (3).

Beam

Step 2
Step 3
Estim.
Experim.
Estim.
Experim.
γ-value
γ-value
γ-value
γ-value
1
0.19
0.29
2
0.17
0.17
0.09
-0.12*
3
0.20
-0.09*
0.14
-0.15*
4
0.20
0.10
0.13
-0.15*
5
0.22
0.21
0.16
-0.15*
6
0.32
0.09
0.19
0.28
7
0.22
-0.01*
8
0.23
-0.02*
0.15
0.30
9
0.29
0.09
0.17
0.37
10
0.23
-0.01*
0.15
0.02
11
0.21
0.21
0.14
-0.23*
12
0.20
0.16
0.14
-0.11*
*)
Values according to theory, negative values might
yield from interlocking along the crack
The partially very high variation of the γ-values calculated
from the test data can be explained by interlocking of the
cracks by knots or due to deviations of the crack path. The
very low and theoretically even negative γ-values can be
explained by softer behaviour of the beam due to the open
crack.
A comparison between stiffness determined in the tests
and theoretical values is given in Table 8 for the
specimens reinforced with WB-T 20 rods. Both the γmethod and the shear analogy method deliver estimates of
the stiffness quite close to the experimental values.

Slits and cracks not exceeding 60% of the beam width are
covered in the design of Norway spruce glulam beams in
case the characteristic value of shear strength given in
EN 14080 is reduced by a factor kcr = 0.67 (according to
EC 5) accounting for the cracks.
The comparison between experimental results and
estimates of stiffness and shear strength of reinforced
beams calculated with selected models revealed that all 3
evaluated models may be applied successfully but that the
γ-method and the truss model suggested conservative
values for the design of the reinforcement.
Both the γ-method and the shear analogy method are not
capable of accounting for the local effects at the coupling
points, whereas the truss model allows considering
individual shear connectors with their exact position
along the beam axis. Advantages of the γ-method are ease
of use and the possibility of determining deflections and
stresses analytically. The γ-method may however, not be
applied with variation in cross-section over the beam
length as e.g. in the situation of cracks not running over
the full length of the beam.
Restoring the shear strength of glulam beams with cracks
by setting self-tapping screws or threaded rods is possible.
The best performance of the reinforcement is reached if
the screws or rods are set with in inclination of 45° with
respect to the beam axis. No significant difference
between the tests of beams reinforced with self-tapping
screws or threaded steel rods respectively could be found.
The increase in load-carrying capacity after having
applied reinforcement to the cracked beams was most
significant in case of beams with cracks of 60% of the
beam width.
For sure, in practice retrofitting of load-carrying capacity
of beams with cracks is of primary importance. However,
also restoring stiffness may be an issue. Our tests revealed
that it was possible to regain 57% of the stiffness of an
undamaged cross-section after having strengthened the
beams suffering from cracks on half of the beams length.
Beams with cracks over the full length strengthened on
both sides reached only 36% of the original stiffness of an
undamaged cross-section. Hence, if deformations are
important, special measures (e.g. replacement of the
cracked beams or pre-stressing the beams) have to be
taken.
With regard to practical application of the reinforcement
it turned out that precise pre-drilling of the hole (in case
of rods) and precise drilling jigs (in case of self-tapping
screws) are of utmost importance in order to prevent
connectors from deviating from the planned position.
(Further) opening of cracks during setting of the
connectors may be prevented by applying clamping sets.
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VISCOELASTIC CREEP IN REINFORCED GLULAM
Conan O’Ceallaigh1, Karol Si ora2, Dani l M Polin3, Ann tt M. Hart

4

ABSTRACT: The reinforcement of timber elements using fibre reinforced polymer (FRP) rods or plates is widely
accepted as an effective method of increasing the strength and stiffness of members. The short-term behaviour of these
reinforced members is relatively well understood, however, the long-term or creep behaviour of such members has
received less attention. The objectives of the present work are to determine the long-term performance of reinforced
timber beams under sustained loading and constant climate conditions. Timber is a viscoelastic material so its deformation
response is a combination of both elastic and viscous components. This viscous creep component is defined as a
deformation with time at constant stress and at constant environmental conditions.
Sitka spruce is the most widely grown specie in Ireland and is the focus of this study. Glued Laminated (Glulam) beams
were manufactured from Sitka spruce and a selected portion of them were reinforced with basalt-fibre reinforced polymer
(BFRP) rods. The short-term flexural testing of these beams in their unreinforced and reinforced state demonstrated a
significant increase in stiffness with a modest percentage reinforcement ratio. The long-term flexural testing required the
design of a creep test frame to implement a constant stress of 8 MPa on the compression face of an equal proportion of
unreinforced and reinforced beams. The long-term strain and deflection results for the first 52 weeks of testing are
presented. The reinforcement was found to have an insignificant impact on the creep deflection but the maximum tensile
creep strain was significantly reduced.
KEYWORDS: BFRP, Glulam, Irish Grown Sitka Spruce, Reinforced, Viscoelastic Creep

1

INTRODUCTION

The mechanical and physical properties of softwood
timber can vary considerably as a result of the age and rate
of growth of the tree and other environmental factors
which affect the wood cell density and strength. Sitka
spruce is characterised as a fast growing, low density
timber which when subjected to flexural loading generally
fails in tension due to the presence of knots [1]. In Ireland,
this species has an average rotation length of 35 – 40 years
[2]. This low density timber demonstrates limited capacity
to carry substantial loads. However, when combined to
create a composite element such as a glued laminated
beam, the capacity of this softwood timber may be greatly
increased.
The performance of glued laminated beams may also be
enhanced with the addition of fibre reinforced polymer
(FRP) composite reinforcement. It has been seen that the
addition of modest reinforcement ratios can delay tension
failure in glued laminated elements. The reinforcement
1
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utilises the additional capacity of the timber in the
compression zone resulting in much more consistent
behaviour as well as a significant increase in flexural
stiffness [4, 5].
Long-term effects in these timber elements are of crucial
importance to structural engineers when designing timber
structures. These long-term effects, or creep effects, are
commonly seen in timber elements when stressed under a
load for long periods of time. Creep effects in timber
elements can be divided into two primary categories,
namely, viscoelastic creep and mechano-sorptive creep.
Timber is a viscoelastic material so its deformation
response is a combination of elastic and viscous
components. The viscoelastic creep component is defined
as the deformation with time at constant stress and under
constant environmental conditions. Mechano-sorptive
creep is a deformation due to an interaction between stress
and moisture content change [5, 6] in variable
environmental conditions.
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These creep effects must be understood as excessive
deflection will result in premature failure. The objective
of this study is to examine the long-term deformation of
FRP reinforced timber beams manufactured from fastgrown Irish timber and focuses on the viscoelastic creep
mechanisms in unreinforced and reinforced beams under
constant load and constant environmental conditions.

2 LITERATURE REVIEW
Creep phenomena have been the subject of particular
interest for the timber engineering research community.
Under serviceability conditions, viscoelastic creep
depends on the stress and temperature of the timber and
although viscoelastic creep occurs under a constant
climate conditions, it is important to note, the magnitude
of viscoelastic creep also depends on the moisture content
of the timber [5]–[7]. In a study by Hering and Niemz [8],
the viscoelastic behaviour of European beech timber
subjected to four-point bending was investigated and the
longitudinal creep compliance at three different moisture
contents (8.14%, 15.48% and 23.2%) was examined. Each
timber specimen was loaded to approximately 25% of the
ultimate bending strength. As can be seen in Figure 1, a
viscoelastic compliance function which increased linearly
with moisture content was successfully fitted to the data.
This study was performed over a relatively short period of
time (≈200hr).

and these are accounted for in design standards for various
Service Class conditions. However, the long-term
behaviour of timber elements that have been reinforced
with the use of a FRP material has received little attention
in previous research and are not accounted for in design
standards. The short-term behaviour of these reinforced
elements demonstrate significant improvements in
stiffness and ultimate moment carrying capacity [3-4, 11].
The long-term behaviour of reinforced timber elements
have also primarily focused on creep effects in a variable
climate and only a limited number of studies focus on
viscoelastic creep effects within constant climate
conditions.
In a study by Yahyaei-Moayyed and Taheri [12], the creep
performance of southern yellow pine (SYP) and Douglas
fir (DF) timber beams reinforced with aramid fibre
reinforced polymer (AFRP) was examined. These creep
tests were carried out in an uncontrolled climate over a
period of 800 hours and it is noted that the applied loads
were not the same for the unreinforced and reinforced
beams. In the results (Figure 2a), a comparison between
one SYP unreinforced (S5-PIV) and one SYP reinforced
beam (S5-PI) can be seen and although there appears to
be a reduction in creep deflection, it is not clear if this
reduction is due to varying loads within the timber or the
AFRP reinforcement. The reduced load on the reinforced
beam will lead to a lower stress level within the timber.
Interestingly in Figure 2b where one unreinforced DF
beam (S10-PI) and one reinforced DF beam (S10-PIV) are
compared; there is a slightly higher load on the reinforced
beam and a similar creep deflection is observed. It is
unclear if the stress is comparable within both beams.
There is also an influence of the variable relative humidity
and possible swelling/shrinkage or mechano-sorptive
creep deformations as a result of the fluctuating moisture
content.

Figure 1: Creep ata s creep compliance unction it [8]

Another study designed to examine if the rate of creep
eventually decreases towards a creep limit was performed
by Hunt [9]. Experimental creep data on unreinforced
timber was examined in a carefully controlled test
environment over a 13 week period. Creep functions were
matched to these experimental test results and to creep test
results performed by Gressel (1984) over a much longer
period of time (8 years [10]). The curves were
extrapolated to estimate the long-term creep after 50 years
under load. No evidence was found to suggest a
viscoelastic creep limit in timber when stressed in a
constant climate. This shows the potential for timber
elements to deform throughout their service life and
demonstrates the importance of understanding its
behaviour.
The long-term creep behaviour of timber elements has
been shown to produce significant deformations with time

Figure 2: Creep e lection comparison results [12]
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Davids et al. [13] performed long-term creep tests on
unreinforced and reinforced Douglas fir and western
hemlock glulam beams in a sheltered environment with
controlled temperature and uncontrolled relative
humidity. A proportion of the beams were reinforced with
glass fibre reinforced polymer (GFRP) plate to two area
reinforcement ratios, namely, 1.1% and 3.3%. While the
laboratory tests demonstrate the effectiveness of the
GFRP reinforcement in reducing the total deformation
between the unreinforced beams and the reinforced
beams, a difference between the relative creep
deformation of the unreinforced glulam beams and the
GFRP-reinforced glulam beams is only seen at the higher
reinforcement level (Figure 3). It is noted by the authors
that the effectiveness of FRP-reinforcement on reducing
creep cannot be inferred from the test data due to the
different load levels and the uncontrolled relative
humidity during the test.

Figure 3: Relati e creep alues o

designed and manufactured with a proportion of the
beams reinforced with basalt fibre reinforced polymer
(BFRP) rods in the bottom tensile laminate. These
unreinforced and reinforced beams underwent short and
long-term flexural testing in a controlled, constant
environment.
3.2 GLULAM MANUFACTURE
The grade of timber used in this study was C16. Each
laminate was strength graded using a mechanical grading
machine and ranked in descending order of modulus of
elasticity. Forty beams were designed using the machine
graded results and manufactured in the Timber
Engineering Laboratory at the National University of
Ireland, Galway. The beams were laminated by applying
a 1:1 phenol resorcinol formaldehyde adhesive and
clamping to a pressure of 0.6 N/mm2 for 24 hours in
accordance with EN 14080 [15]. The beams comprise
four laminations with each beam measuring
approximately 98 mm x 125 mm x 2300 mm. These
beams were specifically designed to exhibit similar
flexural stiffness properties in each manufactured beam.
Each beam was conditioned in a constant climate
condition at a temperature of 20 ± 2 °C and at a relative
humidity of 65 ± 5%, prior to reinforcement. Twenty
beams are reinforced with two 12 mm BFRP rods
positioned in two circular routed grooves in the bottom
tensile laminate. The grooves were sized to accommodate
the BFRP rod plus a 2 mm glue line, as seen in Figure 4.
A two-part structural epoxy adhesive was used to bond the
reinforcement to the timber. The BFRP rod manufacturer
reported the material properties listed in Table 1.

ouglas ir specimens [13]

Plevris and Triantafillou [14] performed long-term creep
tests on reinforced beams. There was a relatively small
sample size of 3 beams, one unreinforced control beam
and two reinforced beams with two different area
reinforcement ratios of 1.18% and 1.65%, respectively.
The tests were carried out under constant climate
conditions. They determined from the experimental
results, that the creep behaviour of the FRP-reinforced
wood is primarily dominated by creep within the timber.
Therefore, in order to examine the influence of the
reinforcement on the performance of reinforced beams, it
is important to apply a common stress level in all
unreinforced and reinforced timber beams. To solely
focus on viscoelastic creep, it is important to perform all
long-term creep test in a controlled constant environment
to avoid any additional deformations as result of a
fluctuating moisture content.

3 EXPERIMENTAL PROCEDURE
3.1 INTRODUCTION
This study is performed to examine the long-term
performance of reinforced glued laminated beams in a
constant climate. The glued laminated beams used in the
test programme are manufactured using Irish grown Sitka
spruce. The lay-up of each glued laminated beam is

Figure 4: Cross section o rein orce

eam

Table 1: asalt i re properties [16]
Tensile Strength
(N/mm2)

Tensile Modulus of
Elasticity (GPa)

1000+

45+

The beams were then placed in the conditioning chamber
with a temperature of 20 ± 2 ºC and with a relative
humidity of 65 ± 5%, where they remained to cure for a
period of 3 weeks prior to any testing.
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3.3 SHORT TERM TESTING
Each beam underwent non-destructive flexural testing to
evaluate the flexural properties. The short-term bending
test set-up is in accordance with EN 408 [17] as seen in
Figure 5. The load is applied through a hydraulic actuator
at a rate of 0.15 mm/s (< 0.003 x h limit) to a maximum
stroke of 15 mm to ensure that the deflection did not
exceed the elastic limit. The test is limited to a maximum
of 40% of the ultimate failure load. The deflection at the
midspan of the beam was measured using two LVDTs,
one for determining the local stiffness and the other for
the global stiffness.
This short-term test was performed on all beams in their
unreinforced state to determine their initial flexural
stiffness. Once reinforced, the flexural test was repeated.
The test set up remained constant throughout allowing the
percentage increase in stiffness to be calculated.

Figure 5: en ing test set-up [17]

3.4 LONG TERM TESTING

compression faces. A proportion of the beams are
monitored with additional strain gauges on the side of the
beams to observe the strain profile through the cross
section. These long-term strain results are monitored
using a Campbell Scientific data acquisition system,
which initially recorded strains every 5 minutes during the
early stages of the test, when relatively rapid creep
deformations occur. This frequency was slowly reduced
with time to its current frequency of 1 hour. The beams
are tested in a controlled climate chamber at a temperature
of 20 ± 2 °C and at a relative humidity of 65 ± 5%
throughout, which coincides with Service Class 1 as
defined in Eurocode 5.
3.4.2 Loadin R im
The applied load chosen corresponds to approximately
25-30% of the ultimate load of the unreinforced glued
laminated beam which will produce measurable
deflections in a reasonable time scale without causing
failure in the specimen. Each beam is loaded to achieve a
stress of 8 MPa on the compression face. To achieve this
stress level, different loads were required for each beam
with greater loads required on the reinforced beams. Short
term flexural test results provided stiffness values of each
beam [11]. The measured mean modulus of elasticity of
each beam was used in a transformed section analysis to
determine the required load. A total vertical load of
approximately 6241 N and 5748 N was applied to the
reinforced and unreinforced beams, respectively.

3.4.1 T st Fram D si n and Instrum ntation
There is no standard method for examining the creep
behaviour of timber beam elements. As a result, different
methods and test rigs have been designed and used to
examine creep deflection. The majority of authors
implement a four-point bending test setup, however, in
some cases a three-point bending test set up [14] or an
evenly distributed load across the whole length of the
member have been used [18].
In this study the long-term creep test frame was designed
to implement the same test configuration described in EN
408 [17] for short-term flexural tests. The test frame was
designed to accommodate 18 beams simultaneously
loaded to a constant bending stress to induce viscoelastic
creep with time. The sustained load is applied through a
lever arm as illustrated in Figure 6. The lever arm length
is adjustable and loads (steel plates) can be added or
removed as necessary.

Figure 7: oa e creep rame in constant climate
Figure 6: Creep test eam loa e using le er arm

The beam mid-span deflection is measured using a dial
gauge and the longitudinal strain is measured using
electrical resistance strain gauges on the tension and

This method is implemented to examine the long-term
effect of reinforcement when the timber is loaded to
similar stress levels. Each beam is loaded in four-point
bending separately through individual lever arms (Figure
7, Figure 8). The initial elastic deformation is noted for
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each beam directly after loading and the deflection results
are then recorded at regular intervals with time.

There is a significant increase in local bending stiffness
and an increase to a lesser extent in the global bending
stiffness. A mean increase in local bending stiffness of
16.30% for a moderate percentage reinforcement ratio of
1.85% was observed.
Table 2: hort-term le ural sti ness
Stiffness
(Nmm2)
EI Local
(x1011)
EI Global
(x1011)

No.

Unreinforced

Reinforced

Percentage
Increase (%)

20

1.46 (.120)*

1.69 (.119)

16.30 (3.66)

20

1.35 (.123)

1.47 (.113)

8.8 (5.90)

*Mean Values (Std. Deviation)
Figure 8: Creep test eam loa e in our-point en ing

4 RESULTS
4.1 SHORT TERM TEST RESULTS

Beam Stiffness (Nmm2)

The short-term test results for the reinforced beam group
are presented in Figure 9 and Table 2. The mean local and
global stiffness is presented for beams in their
unreinforced and reinforced state together with the
associated standard deviations. The percentage increase in
stiffness is also presented.
1.9E+11
1.8E+11
1.7E+11
1.6E+11
1.5E+11
1.4E+11
1.3E+11
1.2E+11
1.1E+11
1.0E+11
9.0E+10
8.0E+10
7.0E+10
6.0E+10

There was a mean increase of 8.8% in global bending
stiffness. There is a significant standard deviation of 5.9%
associated with this global stiffness measurement. This
large variation is thought to be as a results of shear
deflections. Indentation at load points observed during
testing are measured globally leading to the reduced mean
values. This low density timber is susceptible to such
indentations during testing.
The significant improvement in local bending stiffness
has demonstrated the beneficial effect of BFRP
reinforcement in timber beams and promotes fast-grown
Irish Sitka spruce as a suitable donor material to reinforce
with FRP materials to improve the short-term flexural
performance.
4.2 LONG TERM TEST RESULTS
The creep test results for the first 52 weeks are presented.
Eighteen beams (9 reinforced and 9 unreinforced) are
tested under constant load in the constant climate. The
long-term deflection test results are expressed in terms of
both total deflection and relative creep (CR) deflection,
which is defined as the deflection at time t, expressed as a
proportion of the initial elastic deflection as seen in
Equation (1) [19]

Unreinforced

Reinforced

Mean Local EI

(t )

C R (t ) 

Mean Global EI

Where CR = Relative creep,
= deflection at time, t.

Deflection (mm)

Deflection (mm)

Figure 9 displays the effect of reinforcement on the shortterm bending stiffness of the twenty reinforced beams.
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Figure 9: hort-term le ural sti ness results
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The long-term deflection of each beam under load in a
constant climate condition is presented. The unreinforced
beam group consists of nine unreinforced beams loaded to
a maximum compression bending stress of 8 MPa in fourpoint bending. Seven of these beams are monitored with
vertical displacement dial gauges (Figure 10). Beam 27
(8.89 mm) and Beam 34 (6.54 mm) have the highest and
lowest total deformation (initial elastic deformation and
long term creep deflection) after 52 weeks, respectively.
This is as expected as they have the lowest and highest
bending stiffness, respectively, when measured during
short-term flexural tests. The reinforced beam group
consists of nine reinforced beams similarly loaded to a
maximum compression bending stress of 8 MPa in fourpoint bending. Seven of these beams are monitored with
vertical displacement dial gauges (Figure 11). Beam 30
(7.88 mm) and Beam 26 (5.97 mm) have the highest and
lowest total deflection after 52 weeks, respectively. The
variability within timber can be seen in the total deflection
results in Figure 10 and Figure 11. In order to compare the
deflection results between the unreinforced group and
reinforced group and observe the effect of reinforcement
on long-term deflection, the average deflections of each
beam group are shown in Figure 12. After 52 weeks, the
mean total deflection in the unreinforced beam group
(7.92 mm) is 11% greater than the reinforced beams group
(7.13 mm).

significant reduction in viscoelastic creep due to the FRP
reinforcement in a constant climate.
1.30
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Relative Creep
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Figure 13:

ean relati e creep e lection

4.2.2 Lon T rm Strain R sults
The strain results are measured using electrical resistance
strain gauges designed for long-term use on timber. The
longitudinal strain has been measured on the tension and
compression faces of 7 unreinforced and 7 reinforced
beams. The strain gauges on the tension face of the
reinforced beams are adhered to the timber surface of the
beam situated between two routed grooves which house
the BFRP rods (Figure 14). The mean total strain
measurement from the tension and compression face of
the unreinforced and reinforced beam groups are
presented in Figure 15.
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Figure 12:

erage group e lection

To focus on the long-term deflection after the initial
elastic deflection, the relative creep results are presented.
Figure 13 presents the mean relative creep deflection
results with time for the unreinforced beam group and the
reinforced beam group beams in a constant climate.
Although there is a reduction in the overall deflection in
the reinforced beam group due to the FRP reinforcement,
there is less than 1.5% difference between the measured
relative creep deflections of both groups. A statistical
analysis of the group means has shown no statistically

Figure 14: train gauge position on rein orce

eam

The strain gauge measurements on the compression face
are similar when both beam groups are compared with the
reinforced beam group experiencing slightly less strain
than the unreinforced beam group. In contrast, the
difference between the strains measured on the tension
face of each beam group is more significant. The
reinforced beams experience 24.5% less strain on average
after 52 weeks. This difference is as a result of the rod
reinforcement and its position within the tensile laminate
of each reinforced beam. The strains which would
normally appear within the timber have been shared with
the BFRP rod reinforcement resulting in the reduced
strain within the timber.
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To solely examine the viscoelastic strain, the mean strain
results have been presented without the elastic strain
component in Figure 16. Similar mean strains are
observed on the compression face of both the
unreinforced and reinforced beams groups indicating a
similar stress and creep rate within both beam groups. In
comparison, the mean strains on the tension face show
larger mean strains within the unreinforced beam group.
This is again as a result of the reinforcement within the
reinforced beam group and its position within the tensile
laminate.
It is important to note that the controlled climate chamber
remained at a constant temperature of 20 ± 2 °C and at a
constant relative humidity of 65 ± 5% throughout the
duration of the test.
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Representative results of strains measured through the
cross section of the unreinforced (Beam 40) and
reinforced (Beam 26) beams are presented in Figure 18
and Figure 19, respectively. It must be noted that these
results are observed on single beams and are not an
average value, hence the variability within timber must
considered when examining these beams.
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The standard deviation associated with the viscoelastic
strain measurement on the tensile face can be seen in
Figure 17. The reinforced beams experience much more
consistent viscoelastic behaviour after loading. There is a
greater standard deviation observed within unreinforced
beams.
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It can be seen that the unreinforced beam experiences
greater strain in the tension zone than the reinforced beam.
The rate of creep is seen to be higher in the unreinforced
specimen (Table 3). After 51 weeks the percentage
increase in viscoelastic creep within the unreinforced
beam (26.9%) is almost twice that measured in the
reinforced beam (13.8%). The measured strains in the
compression zone are similar when comparing the
unreinforced and reinforced beams and any difference is
thought to be associated with the inherent variability
within timber.
Table 3: ercentage increase in iscoelastic strain ith time
Tension Face Strain

Week
0

Week
3

Week
15

Week
35

Week
51

Unreinforced (Beam 40) (με)
Percentage Increase (%)

827.1

949.5

1003.1

1041.7

1049.3

0.0%

14.8%

21.3%

25.9%

26.9%

Reinforced (Beam 26) (με)

497.5

533.5

556.2

561.4

566.1

Percentage Increase (%)

0.0%

7.2%

11.8%

12.9%

13.8%

CONCLUSIONS
The long-term viscoelastic creep effects in unreinforced
and reinforced timber and the experimental programme
designed to measure these effects have been described.
The short-term four-point bending tests demonstrated that
the addition of BFRP rod reinforcement in modest
quantities can greatly increase the short-term flexural
stiffness of glued laminated beams. An average increase
in local bending stiffness of 16.3% was observed for a
moderate percentage reinforcement of 1.85%.
The long-term deflection results have shown a
beneficial overall decrease in the total deformation (initial
elastic deformation and viscoelastic deformation) due to
the reinforcement. The analysis of the relative creep
results have shown no statistically significant reduction in
viscoelastic creep deflection when comparing the mean
relative creep results of both beam groups loaded to a
common bending stress.
The measured strain results in the longitudinal direction
and through the cross section of the beams with time have
been presented. The long-term viscoelastic strain on the
compression face has been shown to be quite similar in
both beam groups indicating a similar bending stress has
been subjected to each beam in the test programme. The
results have also shown a significant reduction in strain
on the tension face of the reinforced beam group as a
result of the reinforcement.
Examining the measured strains through the cross section
of both the unreinforced and reinforced beams has also
highlighted this reduced strain within the timber in the
tension zone of the reinforced beam. Higher levels of
creep strain were observed within the unreinforced beams.
The reduced magnitude of the creep tensile strain
observed within the reinforced beams is thought to be a
result of the restraining effect of the FRP rod
reinforcement.
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CLADDING BOARDS IN WOODEN FACADES:
SELECTION OF WOOD SPECIES, CUTTING DIRECTION, THICKNESS
Anna-Mikaela Kaila1, Emil Jansson2, Lauri Rautkari3
ABSTRACT: Weathering of wooden cladding is caused mainly by solar radiation and moisture. Moisture changes causes
stresses in the cladding boards that leads to warping and cracking. The aim of this study is to investigate the possibility to
reduce the amount of warping and cracking of the cladding board by the selection of wood species, cutting direction and
thickness of the board. The selected variables were radial cut spruce, tangential cut spruce and glued spruce, pine sapwood
and pine heartwood, and board thicknesses 23 mm, 28 mm and 38 mm. The investigation was performed by a two-step
test: cracking test and dimensional stability test. Both tests showed that cutting the cladding boards in the radial direction
instead of tangential direction, increasing the thickness of the board and avoiding pine sapwood can reduce the amount of
cracking and warping in cladding boards.
KEYWORDS: wood facade, cladding, thickness, cracking, warping, cupping, twisting, springing, bowing.

1 INTRODUCTION
When wood is exposed outdoors, a complex combination
of chemical, mechanical, and light energy factors contribute to its degradation. The environmental degradation
of wood is described as weathering. [1].
The major generally considered factors causing weathering are sunlight (UV, visible and infrared radiation), moisture (dew, rain, and snow), temperature and oxygen [2]. In
addition air impurities and micro-organisms cause wood
to deteriorate. These factors have also interactions, which
increase the deterioration [3].
Weathering causes cladding boards to crack and warp.
Board surfaces suffers from discoloration and gets rougher as the grain raises. Wood loses its surface coher- ence
and becomes friable. Splinters and fragments break off
the surface. [1]. Dead knots loosens and can fall out,
boards are pulling away from fasteners and the painting
system breaks down. [4] Aesthetical challenges performs
as extractives arise, and wood gathers dirt and mildew.
Solar radiation and impurities only result in deterioration
of the wood surface, but moisture and fungi affect the
wood throughout [3]. Frequent exposure to rapid moisture content changes is a major factor in the degradation
of wood [1]. The unprotected surface of wood absorbsthe
rain or dew through capillary action, followed by adsorption within the cell walls [1].
_____________________
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Moisture gradients between the surface and the interior
of the board sets up stresses in the wood as it swells and
shrinks [1]. These stresses results in warping as well as
cracking when the stresses becomes greater than the fracture strength of the wood [5].
Cracks collect water into wood providing favorable moisture content for mold, blue stain and decay fungi [6] and
additional moisture intake. Cupping stresses and compressions are the most common loosening effect of cladding board fastenings [4] whereas twisting is one of the
main reasons for structural timber being rejected at the
building site [7].
To reduce the impact of moisture, the cladding can be protected against weathering by high class production chain,
construction and detailing, wood selection, coat- ings balancing the moisture changes and impregnation or modification of wood.
The moisture effects have been dealt with several studies. Cracking: Stehr et al, 2000 [8]; Fruhmann, 2003 [9];
Sandberg et al 2006 [10], Blom 2005 [11], Mehtälä 2006
[12]. Dimensional changes: Sandberg, 1996 [13]; Sandberg 1999 [14], Elowson et al, 2003 [15]. Cutting direction: Sandberg 1995 [16], Sandberg 1999 [14], Sandberg
2005 [17], Sandberg 2006 [10].
The objective of this work is to study the influence of
the selection of wood species, cutting directions and the
thickness of the board affects on the amount of warping
and cracking of the facade board.
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2 MATERIALS AND METHODS
2.1 ORIGIN AND PROCESSING OF WOOD
The selected wood species were spruce (Picea abies) and
pine (Pinus sylvestris). To minimize variety of growthareal properties and ensure the quality, the selected spruce
was from Lahti-area Southern Finland and pine from
Kuhmo-area Eastern Finland (figure 1). These are known
as high quality areas for spruce and pine in Fin- land.

The boards of spruce were cut in to three different thicknesses: 23 mm, 28 mm and 38 mm. The boards of pine
were all cut to 28 mm thickness.
After cutting, all the boards were planed to 90 mm width
in moisture content of 16±2 % and stored at RH65% t
20°C. The modified pine came from another origin and
was prepared in unsupervised conditions.
2.1 VARIABLES
The variables were selected based on to the most used
cladding board materials in Finland: typically tangentially spruce (Picea abies) and pine (Pinus sylvestris) heartwood with the thickness of 23 mm or 28 mm and less
often used alternatives for those.

B
Finland
A

The selected variables for the tests were:
• Spruce, tangentially cut: 23 mm, 28 mm and 38 mm
(figure 3)
• Spruce, radially cut: 23 mm, 28 mm and 38 mm,
(figure 3)
• Spruce, radially glued: 23 mm, 28 mm and 38 mm
• Pine heartwood, tangentially cut, thickness 28 mm
• Pine sapwood, tangentially cut, thickness 28 mm
• Pine, modified, tangentially cut, thickness 28 mm

Figure 1: The selected spruce was from the Lahti-area Southern Finland (A) and the selected pine from Kuhmo-area Eastern
Finland (B).

Both pine and spruce were selected from timber that was
killn dried to a moisture content of 15-20%. Quality class
was determined to A4, straight and tight-grained 2- 4 mm
and pith-free.
Spruce was cut in three different ways: radial direction,
tangential direction and glued from three radially cut
lamellas. Radial cut was determined to grain angle 90°70°as (figure 2), measured by the angle of the tangent of
an annual ring in the middle of the board. Spruce sapwood and spruce heartwood were not separated.

α=30°- 0°
Tangential cut

α=90°- 70°
Radial cut

α=90°- 70°
Glued from 3 lamellas

Figure 2: Grain angle determinations for spruce: the angle of a
tangent to an annual ring in the middle of the board

Pine was tangentially cut heartwood determined to 100%
heartwood and 0% sapwood and tangentially cut sapwood determined to 100% sapwood 0% heartwood. In
addition the test included a product of modified pine (with
silicates), without specimens on sapwood-heartwood relation.

Figure 3: Samples of the cross-section of tangential cut and
radial cut spruce.

2.3 TEST SERIES
A two-step testing series was prepared to examine how the
selection of wood species, cutting direction and the thickness of the board affects to the susceptibility to the dimensional changes and cracking of the cladding board due to
weathering.
First, a flotation-halogen light tests was made to find out
how much the selected variables are cracking compared to
each other.
Second, a dimensional stability test was made to find out
how much the dimensions of the selected variables were
changing in different humidity conditions compared to
each other.
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3 CRACKING TEST
3.1 PREPARING THE TEST PIECES
The test pieces were cut to 200 mm length and the ends
moisture sealed with rubber-mass. Test pieces were conditioned at RH65% t 20°C for 7 days before the test. In
total 27 test pieces were prepared in series of tree replicas.
The test pieces were all untreated.

In the series of 28 mm thickness the sapwood of pine
started cracking clearly already within the first cycle. Also
the heartwood of pine and the modified pine started cracking during the first cycles, but only gently. After the third
and fourth cycle the amount of cracking was already close
to the final amount in all pine samples. (Figure 6).
The tangentially sawn spruce cracked gently during the
second cycle, the glued spruce during the third cycle. During the six cycles no cracks were developed in the radially
cut spruce. (Figure 6).

300 mm

3.2 TEST PROGRAMME
The test was done with a halogen - flotation test by repeating cycles of two steps (figure 4). A: Floating test
pieces in water surface down for 60 minutes in a tray. Tangentially cut pieces were exposed heart side down. The
water was 20°C. B: Heating the test piece wet sur- face for
60 minutes. The halogen light distance was set to achieve
surface temperature of 90°C to the test piece surface.

3.3 RESULTS
The test was made in two series: the spruce and pine test
pieces in 28 mm thickness and the spruce test pieces in 38
mm thickness. In both series the boards were exposed to
six cycles in total.

20°C

90°C
spruce, tangential cut 28 mm

spruce, radial cut 28 mm

spruce, glued 28 mm

pine, heartwood 28 mm

pine, sapwood 28 mm

pine, modified 28 mm

Figure 4: One test cycle: A floating 60 min + B heating 60 min

3.2 MEASURING AND DOCUMENTATION
The weight of the test pieces was determined before the
first wetting and between each phase of every cycle. Before weighting, the surface was lightly dried with tissue to
take the free water away.
The test pieces were photographed after every cycle. The
camera and test piece placing and angle were determined
to parallel stands to avoid warping of the pictures.

Figure 5: Cracking test: heating the surface of the test samples
with halogen lights and cracking of tangentially cut spruce.

To see the results visually, the test pieces were redrawn
by computer from the documentation pictures. The cracks
in the test pieces were set in Photoshop to black and the
board surface to white (figure 6, 7).
The sizes of the cracks were also determined by comput- er geometrical surface calculation by comparing the
amount of black pixels to the white pixels (figure 8). The
depth of the cracks were not calculated.

Figure 6: Cracking after 6 cycles of the test pieces of 28 mm
thickness, three replicas of each variable.

In the series of 38 mm thickness only the spruce test pieces were tested. Within six cycles no cracks in the radially
cut spruce were developed. In the tangentially cut spruce
the cracks were by surface slightly smaller than in the corresponding sample of 28 mm thickness but the cracking
was more flashing and deeper. In the glued spruce a small
crack came during the fifth cycle next to the glued seem.
Pine samples were tested only in 28 mm thickness. (Figure 7).

spruce, tangential cut 38 mm

spruce, radial cut 38 mm

spruce, glued 38 mm

Figure 7: Cracking after 6 cycles of the test pieces of 38 mm
thickness, three replicas of each variable.

All the cracks were in the grain direction. In the tangentially cut test pieces the cracking was on both early wood
and latewood and concentrated close to the central axis of
the wood. In the glued test pieces the cracks occurred in
the earlywood next to the glued seam where the ten- sion
gets highest as the glued seam is stronger than the wood.
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After six cycles the total area of cracks was counted in
percentage of the whole surface area (figure 8). The total
amount of cracking varied between 0 % of the radially cut
spruce to 2,55 % of pine sapwood. The average of cracking area of the surface area was 0,57 %. The cracking area
of the 28 mm tangentially sawn spruce 0,53 % and the 38
mm tangentially sawn spruce 0,44 % were relatively close
to the cracking area of tangentially cut pine heartwood
0,56 %. The glued test pieces had the biggest differences
between 28 mm thickness 0,19 % and 38 mm thickness
0,03 % cracking area. Regardless of the thickness of the
board radially cut pieces cracking area surface was 0 %.
%
2,5

2

1,5

1

3.4

DISCUSSION

Test method was quick and a clear variation between the
variables was achieved. Compared to natural outdoor
conditions, the given stress was much harder than the natural. The frequent variety of temperature was 70°C and
exposure of the surface directly to water.
According to the cracking test made, the cutting direction makes a great difference in the susceptibility to the
cracking of the board. Even though the test method was
relatively stressy, no cracks was achieved in radial cut surfaces within the six cycles. To develop some cracks, two
additional cycles were made, but even after eight cycles
all the radial surfaces were unbroken. Glued test pieces
performed also well, but some cracks developed next to
the seam (figure 10). Cracking in tangentially cut spruce
and pine heartwood corresponded relatively closely. The
increase of the dimension showed a reduc- ing impact to
the amount of cracking: the cracking in spruce was in average 20 times greater in the test pieces of 28 mm thickness than in the test pieces of 38 mm thickness.

0,5

0

rad

glued

spruce 38 mm

tang

rad

glued

spruce 28 mm

tang

heart

mod

sapw

tang pine 28 mm

Figure 8: Percentage of cracking in the surface area after 6
cycles

In the water intake during the test cycles no big changes
could be seen. Only in the pine sapwood, that had the
greatest amount of cracks after the test, was clearly gaining weight after each cycle. Smaller increase of weight
was measured in the tangential 38 mm spruce. (Figure 9).
g
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0
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2

3
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5

6

Spruce, radial 38 mm
Spruce, glued 38 mm
Spruce, tangentia 38 mm
Pine, heartwood 28 mm
Pine, modified 28 mm
Pine, sapwood 28 mm
Spruce, radial 28 mm
Spruce, glued 28 mm
Spruce, tangential 28 mm

Figure 9: Weight changes of the test pieces during the six cycles

Figure 10: Cracking of the glued board, crack next to the glued
seam.

The results amplifies the former study on the cracking of
wood. Sandberg investigated in his study Weathering of
radial and tangential wood surfaces of pine and spruce,
1999 the development of cracks on radial and tangential
surfaces of pine and spruce with outdoors exposure for 33
months. [14]. Sandberg continued the investigation with
Söderström in 2006 in the study Crack formation due to
weathering of radial and tangential sections of pine and
spruce, 2006 with outdoors exposure for 61 months. [10].
The investigations showed that tangential surfaces of both
pine and spruce had a greater number of cracks per unit
area than the corresponding radial surfaces. [14].
Blom investigated in his doctoral dissertation Above
ground durability of Swedish softwood, 2005 the wood
cracking with several factors in a field test for 24 months.
The radially cut Norway spruce was shown to be very
beneficial for avoiding crack formation, while samples
with tangential cut displayed a large number of cracks.
For Scots pine, the only factor of importance was whether
the samples were heartwood or sapwood. [11].
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Mehtälä made in her Master thesis Clarification of factors affecting cracks of wood surface, 2006 a similar
halogen-flotation test that included pine heartwood, pine
sapwood, spruce heartwood and spruce sapwood as variables. The cycling was similar except the sizes of the
wood pieces were 70 x 150 mm and the surface temperature 80° C slightly lower. The study showed that both pine
and spruce sapwood had a greater number of cracks than
the corresponding heartwood, and spruce displayed less
cracks than pine. [12]
The testing and measuring methods of the studies varies
without a common unit for results, but the measured values are compared by the ratios of the variables of each test
to the ratios of other tests (figure 11). Glued boards and
different dimensions were not investigated in the studies
presented thus cannot be compared to other results.
unit

pine
sapwood

pine
heartwood

spruce
radial

spruce
tangential

Kaila et al
2016

% of
surface
area

2,55

0,56 %

0%

0,53 %

Sandberg
1999

length per
unit area

not separated

2.9

27.3

Sandberg et al
2006

length per
unit area

not separated

1586

2769

Mehtälä

splits
by volume

~6,8

~2,9

-

~
1,2-1,5

Blom 2005

crack
length

206,7

108,0

4,9

130,5

Figure 11: Relations of results in different studies.

Radially cut spruce cracking was minor to tangentially cut
spruce in all the studies even though there is a big range of
variations in the results. After 33 months of outdoor exposure the total crack in the tangential surfaces of spruce was
6 times greater than on the corresponding radial surfaces.
[14]. After 61 months of outdoor exposure, the tangential
sections of spruce had about 2 times greater crack length
per area unit than the corre- sponding radial sections. [10].
In the study of Blom the crack length in tangentially cut
spruce was 26,6 times greater than radial cut spruce. [11].
In the new cracking test no similar ratio can be calculated
as no cracks were achieved in radial cut spruce.

and in the study of Blom tangentially cut spruce cracking
1,2 times greater than pine heartwood [11].
Sandberg reported the cracks on the tangential sections
occurring frequently in both earlywood and latewood, and
on radial sections, cracks occurring primarily at the annual ring borders, but to a certain extent also in the earlywood [Sandberg et al 2006] that regarding to tan- gential
surfaces correlates with the findings of the this cracking
test.
Sandberg also found that the cracks in the tangential sections had more and deeper cracks [10] and were wid- er
[14] than radial surfaces. Similar conclusions cannot be
made from the new test as radial cut spruce did not crack.
The investigations by Sandberg 1999 [14], Sandberg et al
2006 [10], Mehtälä 2006 [12] and Blom 2005 [11] reinforces the results of the test. No contradictory results was
shown.
The benefits of radial cut derives from the incoherent
shrinking and swelling of the latewood and the ear- lywood. The shrinking and swelling of isolated latewood in
the radial direction is about 3 times greater than of isolated
earlywood. In the tangential direction, it is about 1.5 times
greater. In the radial direction the serial layers of earlywood and latewood can move practically inde- pendently
of each other, arising only small stresses. In the tangential
direction, the earlywood and latewood are parallel, and
the moisture movements are limited by the individual layers. This arises high stresses in and be- tween these layers,
and cracks may develop. [10].
The results of the cracking test with halogen - flotation
method correlates to the outdoor exposure test results
even though the stress is much more intense. Compared to
natural stress, no estimate of connection between cycles
made and a corresponding time of weathering outdoors
can be made. Thus similar cracking test with same variables and corresponding origin of wood but exposed to
outdoor conditions would top up the variables impact on
cladding board durability and be interesting as comparison of the halogen-floatation test method stress comparability to outdoor stress. An additional test would be interesting especially considering the impact of di- mensions
of the board and the glued cladding board that could in
further study also contain finger joints.

A higher value to the susceptibility of pine sapwood to
cracking than heartwood cracking is introduced in all the
studies presented. The pine sapwood cracking was 4, 6
times greater than the cracking of pine heartwood, whereas in the study of Blom [11] it was 1,9 times greater and in
the study of Mehtälä it was 2,3 times greater. [12]
Tangentially cut spruce compared to tangentially cut pine
heartwood have relatively similar susceptibility to crack.
The cracking of pine heartwood was 1,01 greater than the
cracking of spruce whereas in the study of Mehtälä pine
heartwood cracking was 2 times greater than spruce [12],

Figure 12: Test pieces, end sealed with rubber mass.
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4 DIMENSIONAL STABILITY TEST
4.1 PREPARING THE TEST PIECES
The dimensional stability test-pieces were sawn and cut
to 1000 mm in moisture content of 16±2 %. Test-pieces
were then conditioned at RH 65% t 20°C for 30 days. In
total 60 test boards was prepared for the test in series of 5
replicas (figure 13).

The measuring of warping included springing, bowing,
twisting and cupping. Cup was measured at four locations at the length of the board on both sides, two cm from
each end of the board. Bow was measured from the same
four locations pushing the opposite end of the board even
to the measuring board surface. Spring was measured
from 2 locations in the middle of the sides of the board
and twist from 4 locations in the corners of the board.
(Figure 15)
Δ

Δ

Δ

Δ

Cup

Spring

Twist

Bow

Figure 13: Test pieces in conditioning room RH 65% t 20°C.

4.2 TEST PROGRAMME
The test programme was derived from SFS-EN 1910
Wood Flooring and Wood Panelling and Cladding with
some small adjustments to better correlate the cladding
board production. The test included three phases:
• Chamber of RH 65%, t 20°C, 30 days aiming to wood
moisture content of 12%
• Chamber of RH 35%, t 20°C, 30 days aiming to wood
moisture content of 7%
• Chamber of RH 85%, t 20°C, 30 days aiming to wood
moisture content of 18%

Measuring points
twist x 4
spring x 2
bow, cup x 4

Figure 15: Measuring principles of spring, bow, twist and cup,
and the measuring points.

The test pieces were weighted (figure 16) and measured
after each conditioning. The results were calculated by
first finding the conditions that lead to the highest dimensional changes. Then the greatest values of cup, bow,
spring and twist of each test piece was selected. Finally
an average of the greatest values was calculated to each
of the variables.
The dimensional changes were measured cumulatively
as a total amount of warping after planeing the boards to
better correspond the production chain and use of cladding boards. Thus the possible warping caused by the inner tensions of the wood relieved during planeing are not
deducted.
4.4 RESULTS
The greatest changes in the dimensions were measured after conditioning in RH 35% t 20°C. Total amount of warp
after RH 35% t 20°C was 22% greater and after RH 85% t
20°C only 12% greater than after RH 65% t 20°C.

Figure 14: Dimensional stability measuring tool and a twisting
board

4.2 MEASURING
Measuring was derived from SFS-EN 13647: Wood and
parquet flooring and wood panelling and cladding - determination of geometrical characteristics with some
adjustments to better correlation of the cladding board
production.
The measuring was performed with a Mitutoyo Absolute
device (figure 14). In addition photogrammetric 3D-scanning was made for a smaller selection of the test pieces
that included radially and tangentially cut spruce with
dimensions of 23 mm, 28 mm and 38 mm after each conditioning.

g
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600
23mm 28mm 38mm

spruce, radial cut

23mm 28mm 38mm

spruce, glued

23mm 28mm 38mm

spruce, tang cut

modif

sapw

heartw

pine, 28 mm

Figure 16: Weight measured after RH 35% t 20°C that is related
to 7 % and moisture content in wood. Weight measured after RH
65% t 20°C on the background.
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Cupping was biggest in the modificated pine and pine
sapwood. Cupping of the pine heartwood corresponded
to the cupping of 28 mm thick tangentially cut spruce.
Lowest dimensional changes were measured in radial cut
and glued spruce. Increasing of the dimension had a clear
decreasing impact on the amount of cupping with all the
variables. (Figure 17).

Smallest bow was measured in the radial cut spruce and
glued spruce. Greatest bow was measured in modified
pine and pine heartwood. Tangentially cut spruce bow decreased as the dimension increased, but no conclusions
could be made on the impact of increasing of the dimension of test samples. (Figure 20).
mm
8
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1,2

7

1

6

0,8

5

0,6

4

0,4

3
0,2

2
0

23mm 28mm 38mm

spruce, radial cut

23mm 28mm 38mm

spruce, glued

23mm 28mm 38mm

spruce, tang cut

modif

sapw

heartw

pine, 28 mm

Figure 17: Cupping after RH 35% t 20°C.

1
0

23mm 28mm 38mm

spruce, radial cut

Smallest spring was measured in the radial cut spruce,
glued spruce and the heartwood of pine. The greatest values were measured in the tangentially cut spruce as well
as modified pine and pine sapwood. No conclusions could
be made on the impact of increasing the dimension of the
test samples. (Figure 18).

23mm 28mm 38mm

spruce, glued

23mm 28mm 38mm

spruce, tang cut

modif

sapw

heartw

pine, 28 mm

Figure 20: Bow after RH 35% t 20°C.

The measuring by photogrammetric methods were mostly to visualize the results. Photogrammetric measurements mainly gives an idea of the twist and bow of the
board. (Figure 21).

mm
1,2
1
0,8

0,5 mm / tone

0,6

Figure 21: Pictures of the warping of the radial cut (above) and
tangential cut (below) spruce in 23 mm after RH 35% t 20°C.
Photogrammetric photos were simplified to six tone levels, each
tone indicating a rise of 0,5 mm pf measuring point.

0,4
0,2
0

23mm 28mm 38mm

spruce, radial cut

23mm 28mm 38mm

spruce, glued

23mm 28mm 38mm

spruce, tang cut

modif

sapw

heartw

pine, 28 mm

Figure 18: Spring after RH 35% t 20°C.

Smallest twist was measured in the radial cut spruce and
glued spruce. The measured twist of pine heartwood corresponded to the twist of tangentially cut spruce. No conclusions could be made on the impact of increasing the
dimension of the test samples. (Figure 19).
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23mm 28mm 38mm
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23mm 28mm 38mm

spruce, glued

23mm 28mm 38mm
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Figure 19: Twist after RH 35% t 20°C.
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DISCUSSION

The test method was simple and a clear variation be- tween
some of the variables was achieved. Compared to natural
outdoor conditions of cladding board, the given stress was
relatively gentle. The method and the test pieces cut to
1000 mm according to the permissive limits of SFS-EN
1910 lead all in all to small-scale dimensional changes.
According to the dimensional stability test made, the cutting direction makes a big difference in the suscepti- bility
to the dimensional changes of the board. Total warp of
tangential cut spruce was 56% greater than in radial cut
spruce in thickness of 28 mm. Total warp in tangentially
cut spruce and pine heartwood in dimension of 28 mm
corresponded closely. As expected, the total warp in radial cut spruce and radially glued spruce were relatively
close. Also as expected, the total warp of pine heartwood
was minor to pine sapwood. The positive impact of the
increase of the dimension was evident in the cupping in
all the variables, but unexpectedly unclear on spring, twist
or bow.
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The results of the benefits of radial cut versus tangential
cut and the increase of dimension decreasing the amount
of cupping amplifies the former study on the dimensional
stability of wood. D. Sandberg investigated in his study
1997 Radially sawn timber. The Influence of Annual Ring
Orientation on Crack Formation and Deformation in Water Soaked Pine (Pinus silvestris L.) and Spruce (Picea
abies Karst.) Timber the deformation and cracking of pine
and spruce after subsequent cycles of resoaking in water
and drying. The study included the influence of annual
ring orientation and the occurrence of juvenile. Results
were not unambiguous, but indicated that timber with radial cut would show less deformation than tangentially
cut. Generally, the boards with radial cut had lower values for warp than tangentially cut boards. But due to a
great variation in warp, it was difficult to detect any significant differences between boards with different annual
ring orientations. Where differences in warp were found,
the warp was significantly lower in boards with radial cut.
Cupping was greatly influenced by the direction of the
annual rings. [5]
Virta investigated in his study 2005 Cupping of wooden
cladding boards in cyclic conditions - a study of boards
made of Norway spruce (Picea abies) and Scots pine
sapwood (Pinus sylvestris) how the thickness and wood
species influence cupping during cyclic conditions. The
study was conducted with full-scale test walls in a laboratory. As result, the thickness and species both showed
a significant influence on the rate and the extent of cupping of the cladding board.The tested boards with 28 mm
thickness were rather stable whereas the boards with 21
mm thickness were sensitive to cupping. Compared to 21
mm thick Scots pine sapwood boards, the use of 28 mm
thick Norway spruce boards decreased curvature by 70%.
[4]
The dimensional stability test shows no contradictory results to Virta investigation on the positive impact of greater dimension and reinforces the significance of the annual
ring orientation intimated in the study of Sandberg. Due
to a lack of common test method or denomina- tor, the
results cannot be numerically compared.
The main founding of the study was the clear benefit of
radial cut and the positive impact of increase of the dimension to the amount of cupping. Regarding the cladding board dimension impact to spring, twist and bow
further study would be needed.
The benefits of radial cut derives from the anisotropic nature of the wood having different properties depending on
the orientation of the grain. In radial direction the moisture movements are most uniform and minor to tangential direction. Warping is a result of stresses caused by
moisture movements and uneven shrinkage. The increase
of the dimension should have a decreasing impact to the
amount of warping, but it was clear only in cupping. Possible reason for the lack of this phenomena might be due
to the conditioning programme and the shortness of the

test pieces leading to relatively small changes in the dimensions and the variation in the results. Outdoors cyclic,
harder and nonlinear conditions might bring out better the
benefits of greater dimension. Thicker boards would be
expected to warp less and slower due to having more mass
to balance moisture changes. The impact of dimension to
warping would need further study.
As for the test method the slow and linear changes in
the stabile conditions does not correlate well with cladding board outdoors exposure. The cyclic method Sandberg used would better simulate the frequent exposure
of the cladding board surface to rapid moisture content
chang- es. In the method the boards were exposed to three
cy- cles of wetting and drying for 20 days. In the wetting phase the boards floated freely for 30 minutes in a
tray with water. Thereafter, the boards were dried for 20
days at RH 39±5 % t 21±1°C. The greatest increase occurred after the first cycle, but the warp increased in each
wet- ting cycle. [5]. This method would be a combination
of dimensional changes and cracking test as the different parts of the board are exposed to different conditions,
the inside stresses leads to cracking in addition to dimensional changes.

5. CONCLUSIONS
Cutting spruce cladding boards radially would be profit- able avoiding cladding board warping and cracking.
Furthermore radially cut spruce is staged to be more hardwearing and to have a lower wettability than tangen- tially
cut spruce. [11] It is also less susceptible to crack during
the drying process [16]. As disadvantage for radial cut is
the poor availability. In Finland logs are typically sawn
tangentially following the Nordic sawing pattern. Radial
cut is barely used commercially. Compared to tangential
cut, radial cut gives up a smaller yield from each log [11],
which raises the cost. In addition, the spiral grain angle of
logs leads to challenges cutting long radial boards as the
grain angle should meet the requirements of radial angles
in both ends of the board.
Glued board made from three radially cut lamellas performed quite corresponding to radially cut spruce. Regarding claddings, main difference would be the susceptibility to crack. Compared to solid radial board, glued
boards performed cracking next to the glued seam. The
glued seam decreases the homogeneity of the board and
being stronger than wood, resists the moisture movements. The cracking occurs in the wood next to the seam
where the tension gets the highest. If the gluing is unsuccessful, the tensions might also lead to openings in the
seam. To avoid the cracking, the lamellas should correspondent to each other closely by all properties (grain
tightness, grain angle, density) to have coherent moisture
movements. As a benefit compared to radial cut, finger
joints would be natural in glued boards. Thus knots and
other unwanted parts could be eliminated from the board.
Finger joints would also permit longer boards with radi-
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ally cut lamellas compared to solid radial board. Evaluating the grain angels of the finger jointed lamellas would
though be challenging.
Pine heartwood and spruce, both tangentially cut, were
relatively corresponding in the tests regarding the susceptibility to warping and cracking. In claddings only the
heartwood of pine is recommended to be used. As the tests
indicated, the sapwood of pine differs significantly from
the durability properties of heartwood. Pine heart- wood
has a lower permeability and it contains larger amounts of
extractives whereas pine sapwood has a higher wettability [11]. Radially cut pine was left out from this study,
but in the studies of Sandberg 1999 and Sandberg et al
2006 cutting pine radially showed also benefits compared
to cutting pine tangentially. Produc- ing radial cut boards
from pine containing purely heart- wood could turn out
challenging. Spruce in contrast is regarded as a homogenous species without significant differences in properties between heartwood and sapwood [11], and thus more
practical to radial cut.
The cladding boards would benefit from the increase of
the thickness by reducing and slowing down moisture
movements catalysing cracking and warping. At the end
of the nineteenth century in Finland, cladding boards were
about 40 mm thick. The decrease of the dimensions of
cladding boards is considered as one possible reason to
the decrease of the durability of wooden cladding during
recent decades and the limited service life of modern thin
claddings [4]. Current instructions in Finland recommend
23 mm thickness for cladding boards. Even though the
increase of dimension would reduce warping and cracking and be longer lasting, it has also disadvantages in
the claddings. Thicker boards are heavier, and requires
stronger fastening and mounting frame.
To make this study more profound, an additional test
would be interesting on the impact of dimensions of the
board to spring, twist and bow. As well the cracking behaviour of glued cladding board, which could in fur- ther
study also contain finger joints would be interesting. Finishing should also be added as a variable. Being compared to the selection of species (Scots pine and Norway
spruce), origin of the wood and production method Elowson et al 2003 found that painting method affected the
moisture dynamics the most [15].
As testing method compared to outdoor conditions, the
cracking test was relatively stressy whereas the dimensional stability test gentle. A cyclic test method according to method used by Sandberg 1997 [5] would probably provide more correspondence to cladding outdoor
weathering conditions and provide information on both
cracking and warping susceptibility in one test.
-Considering the overall durability of a cladding board,
many of the factors influencing were left outside the

study. Weathering on wood have been studied by various
researchers. There is a lot of information available on different factors that has an impact on the cladding board
durability. Pith and juvenile wood is known to twist and
crack more, [11, 5], growth ring curvature and spiral grain
angle together would explain about 70% of the variation
in twist [7], and the insignificance of the origin of the
wood, annual ring width, or density on durability or moisture uptake of Norway spruce or Scots pine [11].
However, the factors are mainly studied separately and
in addition often in cell-level. Cladding board functionality, weathering and durability or larger perspective is not
much discussed. The next level would be an extensive and
broad study on the factors, their relationships, inter- actions and their combined effects.
How does the cutting direction affect to susceptibility to
decay, the water absorption or durability of the finish- ing?
How does the thickness of the board, cutting direc- tion
and ring width affect to the fastenings adhesiveness? How
much the painting of the cladding board under- mines the
differences between different cutting direc- tions or different dimensions? Surface machinery? Ex- tractives?
Knots? All these factors and their interactions should be
studied from the perspective of wooden cladding.

6. SUMMARY
The aim of the study was to examine the cracking and the
dimensional stability of the selected variables, including
wood species, cutting direction and dimension.
Out of the tested variables, the grain angle orientation was
the most important factor to reduce warping and crack development in weathering in spruce. Total warp of tangential cut spruce was 56% greater than in radial cut spruce
in thickness of 28 mm.
The increase of the dimension would also have a reducing impact to the amount of cracking and cupping in cladding boards. The cracking in spruce was in average 20
times greater in the test pieces of 28 mm thickness than in
the test pieces of 38 mm thickness.
Radially glued test pieces performed relatively corresponding to solid radial board, but performed light cracking next to the glued seam. Tangentially cut spruce and
tangentially cut pine heartwood were also relatively corresponding in cracking and warping. Pine sapwood had an
evidently greater susceptibility to cracking and warping
compared to heartwood.
Both cracking and warping of the cladding board could be
reduced by selection of the cutting direction and thickness
of the board and avoiding pine sapwood. The impact of
dimension to warping would need further study. All the
studies introduced supported the results without contradiction.
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DIMENSIONAL STABILITY IN FOUR DIFFERENT WOODEN FAÇADE
CLADDINGS
Micael Öhman1, Karin Sandberg2, Anna Pousette2
ABSTRACT:

The hypothesis is that a good cladding system in wood should be characterized by a homogeneous dimensional
behaviour with minimal variation between individual panel boards to minimize maintenance, i.e. repainting or, in the
worst case, replacement of whole panels. Four different types of cladding panels were tested: a regular spruce panel, a
quality-sorted P-marked spruce panel, a regular panel of pine heartwood and a spruce glulam panel, 50 panels of each
type. The objective was to study the dimensional changes under changing moisture conditions in order to find the
cladding material with the smallest possible dimensional and distortion movements.
The shape stability of the panels was measured and expressed in terms of bow, spring, twist and cupping. The spruce
glulam panels showed the best shape stability, proven significantly different in comparison to the other two spruce
panel systems.
Panels of pine heartwood showed a tendency greater dimensional stability than the spruce panels, but not enough to be
considered statistically significantly different in this study.
KEYWORDS: Cladding, spruce, glulam panel, defects. shrinking, swelling

1 INTRODUCTION 123
The main function of a facade cladding system is to
provide a good protection of the wall structure from
climate conditions such as rain, wind and sun. Large
movements and distortions of cladding boards can lead
to increased maintenance, i.e. repainting or, in the worst
case, replacement of whole panels to secure the climate
protection. Fastening of the boards may also be affected
by wood deformations and movements at nails.
Wood is a hydrophobic material and under poor
conditions, a change in moisture content can result in
rather large dimensional changes and distortions of the
individual panel boards [1].
A good cladding system of wood should therefore be
characterized by a homogeneous behaviour with minimal
variation between individual panel boards. Small relative
changes and minimal scattering simplify the design of
climate protection and extend the life of the cladding and
any paint system applied. Since large widths have
increased in popularity, the use of glulam panels has
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become more common. The wider the panel is, the more
important dimensional stability and low magnitudes of
distortion movements become.
The objective was to study the dimensional changes of
different cladding materials of wood under changing
moisture conditions in general and specifically to
evaluate if glulam panels in practice use can be a better
cladding material than traditional panels due to its
theoretical higher dimensional stability. This is
especially important for wide panels that are often
appreciated by architects. Glulam panels have a great
potential to makes large widths available and still
keeping the magnitudes of distortion at manageable
levels.
Different wood properties influence the dimensional
stability of wooden panels. Density and ring width can
explain some differences in radial and tangential
shrinkage [2].
A coating can delay and reduce the changes in moisture
content of the wood over the time of a climate cycle.
Experiments on small samples showed lower moisture
diffusion in coated wood than uncoated, and the rate of
dimensional changes correlated in the same way with
coating type and moisture gradient [3].
For coating to work, it should not crack, since water can
penetrate into the wood and increase moisture-induced
movements. The swelling and shrinkage of wood due to
variation in moisture content affect the function of the
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claddings in terms of crack propagation and the longterm adhesion capacity and life of the coating and
consequently the service life and maintenance intervals
of the whole facade.
Spruce boards taken from near the pith and consequently
with a larger proportion of annual rings perpendicular to
the surface have a higher resistance to crack formation
[4]. The annual-ring orientation is the most important
factor for crack development due to weathering. and
there is no relation between density and crack
development [5]. Boards sawn radially from the log,
without pith and juvenile wood, have better properties
than those of conventionally sawn boards, but the
influence of annual ring orientation on distortions is not
clear except for cup distortion. Cupping is greatly
influenced by the curvature of the annual rings, and
boards with vertical annual rings show no cupping [6].
Distortions like bow, crook, twist and cup as well as the
formation of visible cracks in green and seasoned timber
of Scots pine, Pinus sylvestris, and Norway spruce,
Picea abies, have been evaluated according to the
original location in the cross section of the log, i.e.
annual-ring orientation [7]. The purpose was to describe
differences between sawn timber taken from star-sawing
(with vertical annual rings) and from traditional sawing
patterns. Star-sawn timber did not show any cup, had
good geometrical shape stability in the cross section, had
very small twist and showed very few visible cracks.
The effect of lamellas' annual-ring orientation on
cracking of glulam beams of spruce, and pine has been
investigated [8. 9]. It was found that the area close to the
glue line in the lamellas in combinations where pith
sides meet pith sides is the most subject to cracking,
whereas combinations with pith sides facing outwards
show the highest resistance to cracking. This means that
combinations where pith sides meet pith sides should not
be used in glulam beams, because the lamellas shrink
apart from each other causing stresses and resulting
cracks.
Distortions such as twist, spring, bow and cup resulting
from varying moisture-content levels can be a problem
for the building industry [10]. The torsional moment of
studs while restraining the twist during drying in built-in
conditions results in additional forces in the structure.
There is a good correlation between torsional moment
and free twist.
Dynamic stresses caused by large distortion movements
can over time pull out fastening elements, such as nails,
and cause malfunctions of the façade. Pull-loading tests
of nailed fasteners show that friction on dynamic is half
of static, after the nails start to move. This has been
studied for seismic performance of timber structures
[11]. For seismic design there are special rules for
connections, e.g. smooth nails should not be used
without additional provision against withdrawal, and
additional provisions should be met to avoid splitting
perpendicular to the grain [12, 13]. The change in
moisture content over the year will induce dynamic load
acting on the fastening elements. i.e. nails or screws.
This will have a similar effect as seismic load on the
fasteners, although at a very much lower frequency and
therefore a slower progress.

There are many experiments reported on moisture
movements and distortions with small specimens, but
also full-scale test walls in the laboratory with boards
fixed with nails have been done [14].
The aim of this study was to measure the dimensional
changes and distortions of different panels. This study
did not evaluate the cracks or the aesthetic qualities of
panels, such as knots or surface appearance.

2 MATERIAL AND TESTING
2.1 MATERIALS
Four different panel types with dimension 22 x 145 mm
were tested: regular panel of pine heartwood (Pinus
sylvestris L), regular spruce panel, P-marked spruce
panel and spruce glulam panels (Picea abies K), with 50
panels of each type (Table 1). The materials were taken
from three sawmills.
Target moisture content (MC) in production was 16% for
panel boards and 12% for the glulam panels.
Table 1. Resawn panels, 22x145mm, from centre yield boards,
log divided according to Nordic practice.

No Panel type
1
2
3
4

Sawing
pattern
from log
Spruce
2x
Pine heartwood
2x
Spruce glulam
3x or 2x
Spruce P-marked
2x

Target
moisture
content (%)
16
18
12
16

The spruce and pine boards were randomly taken from
normal production at two different sawmills during a
period of at least two days. Spruce and Pine panels are
manufactured according to EN 1611 [15], the quality
G4-2 or better.
P-marked panels are manufactured and controlled
according to SP's certification rules for P-marking of
facade panel [16. 17]. The rules include specific quality
sorting with requirements on quality regarding, for
example moisture content, restriction of knots, pitch
pockets, etc. The ratio of width to thickness of panel
boards should not exceed 9:1 to avoid distortions.
Spruce glulam panels are a single-layer solid wood panel
consisting of several pieces of timber that are glued
together to form one layer [18]. In this case, they are
made from glulam beams (see Figures 1–3). The lamella
thickness of beams was 28.5–29.5 mm. and the beam
width was 120 mm. The beams are sawn into four
panels, two outer and two inner pieces.
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Figure 1: Glulam beam is
split into four glulam panels

Figure 2: Glulam panel.
rebated shiplap

Figure 3: Panels and lamellas for glulam beams were
resawn from the centre yield board of the log, in accordance
to the Nordic practice in log dividing.

Figure 4: Measuring width and thickness

The measurements were performed over a length of 2.0
m. The boards were about 2.5 m long from the beginning
and 0.5 m was cut off and used to determine a start value
for the moisture content with the oven-dry method [19]
as well as the annual growth rate measured in the radial
direction of the annual rings [20].
The panels came from three different sawmills
geographically spread within Sweden, from Västerbotten
in the north to Småland in the south. The origin of the
Spruce panels was the region of Småland, the Pine
panels were from the middle part and the Glulam and Pmarked panels from Västerbotten in the northern part of
Sweden.
2.2 TEST PERFORMANCE
The boards were simply supported, 2 m apart, and
manually measured, the length with a measuring tape,
width and thickness were measured with a digital
calliper (see Figure 4) [21].
Natural moisture movements of wood can cause
distortions [22. 23] such as bow, spring, twist and cup,
which were measured by position sensors (see Figure 5).
The dimensional changes depend on position in the trunk
and the curvature and orientation of the annual rings.

Figure 5: Measuring of cupping and warping.

2.2.1 DISTORTIONS
The tests were based on EN 1910:2013 [22], but
performed with some modification in terms of moisture
content, climate and times in order to accelerate test
results. The panels were at the start conditioned to two
different moisture levels, 12% and 18%.
- Panels conditioned to 12% were then placed in a humid
climate to moisture content 18%.
- Panels conditioned to 18% were then placed in dry
climate to moisture content 12%.
According to EN 1910:2013 [22] all the material is
conditioned to 12%, then placed in a humid climate
(75%–85% RH) for 4 weeks and then in a dry climate
(30% RH) for 4 weeks. Measurements are performed at
least once per week. The time for each treatment can be
reduced if stopped when the mass change is less than
0.1% after 24-hour intervals.
A higher temperature, about 40°C was used instead of
stipulated 20°–23°C of the standard in order to accelerate
moistening/drying. Conditioning took over 2 weeks, and
following drying or moistening treatment took about 4
weeks and 2 weeks, respectively.
Moisture content at start was measured on pieces that
were cut off from the board (see chapter 2.1). Moisture
content after conditioning and after drying/moistening
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was measured with resistive meter in three places along
the board. The boards were weighed in the process of
deciding when drying or moistening was complete.
The panels were numbered before the measurements
started. and the panel ends were photographed to
document the wood structure and annual rings.

3 RESULTS

3.1.2 Bow
Regarding bow, the differences are small, and no
significant differences between the four panel groups
could be demonstrated at 95% level. The traditional
spruce panels showed about twice as large standard
deviation compared to the other panel groups, caused by
5 large values in this plot that were extreme. but not by
any means abnormal (see Table 2 and Figure 7). In
comparison to spring, the magnitude of distortion is
considerably larger.

3.1 DISTORTION MOVEMENTS
The main focus was to compare the distortion of glulam
panels with the three traditional panel types made of
spruce and pine. This was done by comparing the group
mean values, standard deviations, median values, mean
standard errors and 95% confidence intervals for the
mean values of the width and thickness of the panels. All
distortions are expressed in mm/MC%.
The 90th percentile value shown in Table 2 exemplifies
what magnitudes of distortion movements can be
expected in a batch of panel boards if the moisture
content varies 15% over a weather cycle of one year in
Sweden. All measures shown were taken on simply
supported panels.
The tests for significant differences between the panel
types were based on a two-sample t significance test at
the 95% level and the hypotheses:
H0: µ1 = µ2
Ha: µ1 ≠ µ2
To fulfil the requirements of normal distribution when
using t-tests, a square-root transformation of all
observations was done.
3.1.1 Spring
Regarding spring, hardly any differences between the
four panel groups could be shown (see Figure 6). The Pmarked panels have, however, statistically significantly
lower values than the spruce panels. In practise, though,
the shown differences are negligibly small (see the 90%
distortion values for spring in Table 2).

Figure 7: Quintile Box plot showing the distribution of twist
distortions for each type of panel. measured over a length of 2
m and expressed in mm/MC%.

3.1.3 Twist
The glulam panels show the lowest magnitude of twist,
only 1/5 of the twist of P-marked and Spruce panels and
1/3 of the Pine panels. The differences were significantly
lower than the other three traditional panel types at the
95% level. (See Table 2 and Figure 8.)

Figure 8: Quintile Box plot showing the distribution of twist
distortions for each type of panel. measured over a length of 2
m and expressed in mm/MC%.

Figure 6: Quintile Box plot showing the distribution of spring
distortions for each type of panel measured over a length of 2
m and expressed in mm/MC%.

The traditional pine panels also show significantly lower
mean twist at the 95% level than the two traditional
spruce panels.
For the 90th-percentile values, the relative differences
were slightly less. The glulam panels were about ½ in
magnitude compared to the other panels.
Notable is that the traditional pine panel performed
better than the two traditional spruce panels, P-marked
label and spruce, while hardly any difference can be
shown between the two spruce panels.
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Figure 9: Quintile Box plot showing the distribution of cup
distortions expressed in mm/MC% for each type of panel.

3.1.5 Magnitudes of distortion movements
Table 2 presents statistical values for magnitudes of the
distortion types twist, spring, bow and cup expressed as
mm/MC% (90th percentile as mm/15MC%).
The differences between P-marked and spruce panels
were small for all four distortions, an expected outcome
since the only difference is that the P-marked panels
undergo a more detailed sorting regarding basic wood
features and a controlled handling throughout the
production process.
The traditional pine panels performed better in general
than the two traditional spruce panels, but more poorly
than the glulam panel with regard to the magnitude of
twist and cup. The traditional spruce panels showed a
larger standard deviation for spring and bow.

3.1.4 Cup
Glulam panels show a significantly lower magnitude of
cup at the 95% level than the other three type of panels
(see Figure 9). The mean cupping of glulam panels was
about 1/5 of the traditional spruce panels, P-marked and
Spruce and 1/3 that of the traditional pine panels (see
Figure 9). Similar proportions could be found for the
90th-percentile values showing a significantly lower
magnitude of cupping for the glulam panels than the
other three panel types.

Table 2: Magnitudes of distortion types twist, spring, bow and cup (mm/MC%), in terms of: group mean value (Mean), standard
deviation (Std Dev), standard error mean (Std Err Mean), 95% confidence interval of mean (Conf Int), observed median value
(Median).
90% percentile is the distortion movements (mm/MC15%), for the 90th-percentile observation.
Test for significant differences (Sign diff): panel types connected with the same letter are not significantly different at the 95% level,
based on two-sample t significance tests.
Twist, spring and bow are measured over a length of 2 m, cup over a width of 145 mm. 50 observations per panel type.

Distortions
Level

Mean

Std Dev

Std Err Mean

Conf Int

Median

90% percentile

Sign diff

0.06
0.05

1.8
2.1

ab
ab

Glulam
Pine
Pmarked
Spruce

0.1
0.1

0.05
0.05

0.007
0.007

Spring
0.014
0.014

0.1

0.05

0.007

0.014

0.04

1.5

b

0.1

0.09

0.012

0.06

2.5

a

Glulam
Pine
Pmarked
Spruce

0.3
0.3

0.16
0.21

0.022
0.030

0.025
Bow
0.044
0.061

0.22
0.25

7.0
9.2

a
a

0.3

0.21

0.029

0.059

0.23

9.4

a

0.4

1.31

0.186

0.15

14.2

a

Glulam
Pine
Pmarked
Spruce

0.2
0.6

0.31
0.53

0.043
0.075

0.373
Twist
0.09
0.15

0.06
0.37

13
24

a
b

1.1

1.28

0.180

0.37

0.78

30

c

0.9

0.66

0.093

0.67

30

c

Glulam

0.04

0.04

0.006

0.19
Cup
0.015

0.03

1.5

a
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Pine
Pmarked
Spruce

0.13

0.10

0.014

0.022

0.10

3.7

b

0.21

0.14

0.020

0.027

0.23

5.8

bc

0.18

0.15

0.021

0.031

0.13

6.1

c

3.2 SWELLING AND SHRINKING
In Table 3 the swelling/shrinking properties of the four
panels are shown. Expressed in mm. the differences in
thickness between the panel types can be regarded as
small, less than 0.5 mm for the 90th-percentile values and
MC% range, compared to the magnitudes shown for the
distortion types cup. twist and bow in Table 2.
Over the width of the panels, the movements are more
pronounced in magnitude and up to 4 times larger than

corresponding movements of the spring acting parallel to
the face of the panel. indicating that the swelling
properties are the dimensional factor in the direction
parallel to the face of the panel. This can cause gaps
between the panels in the façade during periods of dry
and warm weather.

Table 3: Swelling and shrinking properties over the width as well as thickness of the panels (mm/MC%), expressed as group mean
value (Mean), standard deviation (Std Dev), standard error mean (Std Err Mean), 95% confidence interval of mean (Conf Int),
observed median value (Median).
90% percentile is the distortion movements (mm/MC15%), for the 90th-percentile observation.
Test for significant differences (Sign diff), panel types connected with the same letter is not significantly different at the 95%level,
based on two-sample t significance tests. 50 observations per panel type.

Swelling / Shrinkage properties
Over the width of the panel. 145 mm
Level
Glulam
Pine
P-marked
Spruce

Mean
0.38
0.38
0.31
0.18

Std Dev
0.08
0.06
0.08
0.14

Glulam
Pine
P-marked
Spruce

0.06
0.07
0.04
0.07

0.028
0.022
0.026
0.032

Std Err Mean
Conf Int
Median
0.011
0.02
0.39
0.008
0.02
0.375
0.012
0.03
0.3
0.021
0.04
0.17
Over the thickness of the panel. 22 mm
0.004
0.008
0.06
0.003
0.006
0.07
0.004
0.008
0.04
0.005
0.008
0.07

3.3 Material characteristics
Density at 18% MC:
The most interesting result in Table 4 is that the three
spruce panels were very similar with regard to mean
density, 450 kg/m3, while the differences in the spread of
the observations were larger. The glulam panels showed
the smallest standard deviation of them all.
Rate of growth:
In Table 5 the differences in rate of growth are shown
for the three traditionally sawn panels Pine. P-marked

90% percentile
7.2
6.9
6.3
3.6

Sign diff
a
a
b
c

1.35
1.5
1.05
1.5

a
a
b
a

and Spruce. Notable is that no significant difference. at
the 95% level, could be shown between the Pine and Pmarked panels, while the Spruce panels showed twice as
high rate of growth on average than the other two panels.
a difference that can be explained as due to geographical
differences between the panels—the spruce panel
originates from the southern part of Sweden while the
other two originate from the north.
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Table 4: Density properties (kg/m3) of the three traditional panel types pine, spruce and P-marked, expressed as group mean value
(Mean), standard deviation (Std Dev), standard error mean (Std Err Mean),. 95% confidence interval of mean (Conf Int), observed
median value (Median) and the 90th percentile. Test for significant differences (Sign diff), panel types connected with the same letter
are not significantly different at the 95%-level, based on two-sample t significance tests. 50 observations per panel type.

Density at MC 18%
Level
Glulam
Pine
P-mark
Spruce

Mean
451
506
452
450

Std Dev
12
39
27
57

Std Err Mean
1.7
5.5
3.8
8.0

Conf Int
3.5
11.0
7.5
16

Median
453
500
452
434

90% percentile
464
560
483
543

Sign diff
a
b
a
a

Table 5: Rate of growth expressed as the number of annual growth rings in radial direction measured over a distance of 10 mm.

Rate of growth
Level
Pine 22*145
P-mark 22*145
Spruce 22*145

4

Number

Mean

Std Dev

Std Err Mean

Conf Int

50
50
50

6.4
6.8
3.4

2.7
3.4
1.2

0.38
0.48
0.17

0.76
0.97
0.33

DISCUSSION AND CONCLUSION

In this study, the magnitude of distortion of four
different types of façade panel boards was compared in
order to investigate whether a glulam panel is a better
choice of panel material than traditional panel boards of
pine and spruce when it comes to giving full protection
against weather conditions. A glulam construction is
expected to show considerably less distortions than a
similar homogeneous product due to its multilayer
construction. The main question of the study is whether
these expected benefits make a significant difference in
practise when used as façade panels.
There are some important considerations to make during
the design of a façade:


The panel boards must form a shell keeping rain
and water out and the panels aligned.



The fastening elements must keep the panel in
place over the whole life of the façade and
allow moisture related movements of the panels
over the years.



A too rigid fastening system increases the risk
of cracks in the panel and in the paint layer as
well as abrasion of the wood in contact with the
fastening elements.

A good panel should therefore show low and predictable
distortion movements over the year regarding both
magnitude as and variation in order to simplify the
design of the façade. Mean values and standard
deviations are important parameters describing
differences, but can in some contexts become hard to
translate into real scenarios.
The majority of the panel boards in a façade do not cause
any problems at all. Unfortunately, it takes only one

panel board showing an extreme behaviour regarding
large distortion movements to cause a malfunction of the
whole façade. The design of the façade must handle
these panels to secure the function and reduce the risk of
too early maintenance. In this study these extreme panels
are represented by the 90th percentile observations
showing magnitudes of distortion fairly common for
each type of panel.
During a year, the weather conditions will cause a
change in moisture content in a range from 5% in
summer up to 20% in late fall. This change in moisture
content will induce dynamic loads acting on the
fastening elements. i.e., nails or screws. The larger the
distortions movements are, the larger the dynamic
stresses acting on the façade construction and fastening
elements. Crucial is how the dynamic forces will affect
fasteners and the wood around the fasteners.
In parallel to the face of the panel, spring and the
swelling over the width will induce shear stresses in the
fastening element and compression of the wood material
in contact with the element. Twist, bow and cup will act
more in the direction perpendicular to the face of the
panel and act in the same direction when the moisture
content changes. Together they form pull-out forces on
the fastening element and/or compression damage on the
wood. Over time, the dynamic loads might pull out nails
and/or reduce the grip between the nail and the wood.
The larger the distortion is, the larger stresses can be
expected that act on the fastening element and the wood
material that over time increase the risk of failure of the
façade function.
From an overview of the results, it can be concluded that
the glulam panel has some significant benefits compared
to the traditional panel types. The distortions acting
perpendicular to the face of the panel, twist, bow and
cup, are significantly smaller for the glulam panel than
the three traditional panel types. The largest reduction, in
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mm, for twist and cup, but no reduction of bow, could be
significantly proven.
In the parallel direction, no significant difference can be
shown regarding the magnitude of spring. Furthermore,
the shown magnitude of spring is considerably smaller
than the distortions acting in the perpendicular direction.
Conclusions:
A glulam panel board is a better choice than traditional
softwood panels of Scots pine or Norway spruce due to
smaller magnitudes of twist and cup distortion
movements over the normal annual flux in moisture
content.


Glulam panels show a lower risk of large
dynamic loads perpendicular to the face of the
panel due to considerably smaller distortion of
twist and cup.



Glulam panels do not show any reduction of
dynamic loads in parallel to the face of the
panel due to any significant reduction of spring.
Furthermore, in comparison to twist, cup and
bow, the magnitude of spring is negligible.



Distortions acting perpendicular to the face of
the panel board are the dimensional factors to
be taken into account when it comes to the
design of the panel system and fastening
elements, regardless type of panel in this study.
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CONSIDERATION OF DISTURBANCES AND DEFICIENCIES IN THE
MOISTURE SAFETY DESIGN OF TALL TIMBER FACADES
Andr a Ti t

1,

Syl ain Boul t2, St han Ott3, St an Wint r4

ABSTRACT: In order to create high quality and durable wooden buildings, a close look at moisture exposure is
necessary. Too often, the moisture design process considers only the plain wall without disturbances or deficiencies. This
paper points out the necessity to take details and human errors into account as well. Moreover, it gathers current
knowledge about deficiencies in standards and literature and compiles it in a critical way. Simulations and experiments
with intended deficiencies are presented and discussed.
KEYWORDS: tall wooden facades, moisture safety design, deficiencies, human error

1 INTRODUCTION 123
Moisture is one of the most dangerous enemies of wooden
structures: Mold at the interior surface is not aesthetic and
leads to unhealthy indoor climate. Varying moisture
conditions in wooden products result in dimensional
changes like swelling and shrinkage and consequently in
cracks. Increased heat losses have to be considered when
the insulation gets too wet. Most dangerous is rotting
within the wall: If decomposition of the load-bearing
structure cannot be seen, it can spread unopposed and lead
to unexpected collapse.
However, moisture safety is often a minor aspect in the
design process what leads inevitably to many damages: a
Norwegian study points out that 76 % of failures in their
buildings can be associated with moisture problems [1].
Other countries might show comparable values. The
mentioned study was mainly performed for low-rise
buildings. It shows that it is not yet possible to get a grip
on the problem of moisture even for small-scale
structures.

the building height. During its life time, a high building is
exposed to higher wind loads and consequently to more
intense wind-driven rain exposure. Last but not least,
maintenance and repair throughout the life cycle is much
more difficult and expensive for taller structures.

Figure 1:

- uil ing in ron heim, or ay

But nowadays timber buildings are planned and built
higher and higher and with this, difficulties within the
whole life cycle will even increase: The critical
construction process lasts much longer than for low-rise
buildings and therefore, poorly protected components are
longer exposed to rain before they are sealed beneath a
water-tight layer. In contrast to a common single-familyhouse which consists usually of just four walls and a roof,
multi-story timber buildings are often prestige projects
with complex facades and a lot of details (see Figure 1).
This complexity leads to a higher risk of making a
mistake. Moreover, this mistake could be repeated many
times because the number of identical details grows with

Since the danger of moisture was underestimated in the
past, more knowledge about this topic is required.
Essential is thereby to look behind the plain and “perfect”
facade set-up. This paper outlines the importance of
considering details, human errors and other deficiencies.
It shows how powerful nowadays simulation software
already is, but it deals also critically with the actual design
process, the state of standardization, and the lack of
information about moisture penetration due to
deficiencies. In order to fill the gap of missing knowledge,
a set of experiments is described in chapter 4.
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2 STATE OF THE ART
Good news first: In standards, research and state of the art
literature much knowledge is already available how to
create a moisture-safe building: water-tightness, airtightness, a constrained initial moisture content of wooden
components, sufficient air change rates and drainage for
ventilated claddings, flashings, distance to horizontal
surfaces, and wood protection by means of construction
are just some of the keywords which should be considered
in every design process. The knowledge how to create a
perfect moisture-safe building does exist.

insufficient maintenance. But even if all people in charge
try to work perfectly, there are still some unavoidable
phenomena like aging, movements of the building,
uncertainties in material parameters or the systematic
penetration of a membrane with fasteners which could
lead to holes and water penetration.

But how does it come that there are so many moisturerelated damages? Because the world is not plain and
perfect and clients are looking for individual appearance
of their buildings.
2.1 THE WAY FROM A PLAIN WALL
TOWARDS DETAILS
In everyday life, usually an undisturbed plain wall is used
for verifying the moisture safety of a building.
Approaches like the Glaser method which is included in
the German standard DIN 4108-3 [2] and the European
standard EN ISO 13788 [3] are only valid to investigate
static conditions of an undisturbed wall section. Even if
dynamic processes are considered and Heat, Air and
Moisture models (HAM) are used, many engineers
neglect 2-dimensional processes and the possibilities to
consider imperfections.
Examining the plain wall is the inevitable starting point
for the design process. But literature, experiments, HAM
simulations and common experience show more and
more, that this is not the decisive point of interest if it
comes to moisture problems. Rüther examines in [4] wall
sections with different kind of ventilated, small-sized
claddings. Even the large open gaps in a shingle cladding
which serves as 1st exterior defense layer do not lead to an
appreciable amount of water in the core of the structure –
as long as the second defense layer of the wall remains
intact (cf. Figure 2).

Figure 3: istur ances o the plain all

Planning and installing the connection of many different
layers can be difficile and prone to errors. A missing
sealant at a duct or a poorly planned window sill are
enough to provide a path for moisture to penetrate into the
structure or to form a horizontal plane where run-off water
can accumulate.
2.2 CONSIDERATION OF DISTURBANCES AND
DEFICIENCIES
The previous paragraphs show that some water will
always find its way into the interior parts of the wall –
mainly through details like windows, balconies or the
inclusion of floors. This does not lead automatically to a
damage, as long as a sufficient dry-out capacity is
guaranteed. The important questions are (1) how much
water can penetrate into the structure and (2) can it dry out
again during the summer. Both standards and literature
give first recommendations how this issue could be taken
into account.
2.2.1 D i i n i s in Standards

Figure 2: e ense layers o a entilate composition

However, to make a house functioning, details like
windows, corners, and projections must disturb the plain
wall (see Figure 3). And with these disturbances, the risk
of imperfections and deficiencies increases rapidly.
Deficiencies can have many causes. In all stages of the
building, human error could occur from bad planning,
transport damages and poor workmanship up to

The following standards deal already with deficiencies
and demand a certain dry-out capacity. However, most of
them consider just one phenomenon – a combined
evaluation of several deficiencies cannot be found, yet.
EN ISO 13
[3] is the developed version of the Glaser
method. It claims that each structure must be able to deal
with 1 kg/m² additional moisture which is put in the
middle of a condensation-prone layer at the beginning of
the calculation. Within a period of 10 years, the water
should dry out without causing too much condensation at
neighboring layers. However, the 10 years are not a tight
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failure criterion but shall just be used as an assessment
tool and for comparison of various compositions.
DIN 41 3 [2] and the French standard DTU 31.2 [5]
determine the ratio of exterior to interior sd-value to 1:10
and 1:5, respectively. This shall ensure that moisture is
not captured within the wall but has the possibility to
diffuse to the outside.
Depending on the air tightness of the building and small
leakages in the air barrier, condensation due to convection
might occur. DIN
2 [6] gives instructions for both
Glaser method and HAM simulation: If Glaser according
to DIN 4108-3 is used, a so-called drying-reserve of
100 g/(m²a) shall be proofed for walls. Using HAM
software, a moisture source dependent on the class of airtightness shall be implemented. Such an “Air Infiltration
Model” is available in the software WUFI® and is used
and evaluated below.
The American standard ASHRAE 1 [7] is the only one
known to the authors dealing with moisture penetration
due to wind-driven rain (WDR): It shall be considered that
1 % of the WDR amount which hits the wall can find its
way behind the exterior surface. Unfortunately, ASHRAE
does not differ between ventilated and non-ventilated
claddings. Simulations in chapter 3 show that the 1%value should be reconsidered especially for ventilated
claddings with two defense layers.
This list shows that there are several recommendations
how deficiencies could be considered in the design
process. But a closer look reveals that even those rules
have their tricky parts when it comes to practical
application: One challenge is to put the already available
knowledge into the design process, especially in HAM
software. Chapter 3 deals with this issue in detail. Another
challenge is to find and enhance appropriate input
parameters for models and simulation tools. Uncertain
parameters could e.g. be the used climate file, the amount
of a moisture source, or the initial moisture content of the
components. For defining those input data more accurate,
experiments could play an important rule (see chapters
2.2.2 and 4).
2.2.2 D i i n i s in Lit ratur

E

rim nts

Looking into literature, several researchers try to get more
information about the question how much water
penetrates into the wall when there is a little hole. The
following paragraphs give a selected overview of some
promising approaches.
Fox investigates in [8] a test hut in Waterloo. High
thermal resistance timber frame walls are exposed to real
weather conditions. Additionally, air is injected into the
assembly in order to simulate an air leakage. The
evaluated moisture content of the OSB sheathing
increases significantly for the period of the air injection.
However, an additional exterior insulation layer helps to
reduce the risk of mold growth.
Another field investigation is described by Smegal in [9]
and [10]. The performance of seven different wall panels
is evaluated with respect to relative humidity, temperature

and wood moisture content. In addition to the natural
weather of Vancouver, the panels must withstand some
extra water which is put on the interior and exterior
surface of the sheathing. The artificial wetting phenomena
lead to a clear increase of the moisture content within the
walls, but no mold or decay is found when they are
deconstructed.
A different approach is carried out by Sahal [11]. Not
additional air or water is introduced, but intended
deficiencies clear the path for water to penetrate into the
structure. A window, an electrical outlet and a duct disturb
the plain wall of the test assembly. At their interfaces,
where they are connected to the wall, pieces of sealant are
missing and holes are made on purpose. The walls are
exposed to a water spray lab test with static pressure
difference. A collection trough behind the sheathing
gathers and measures the amount of water which finds its
way through the hole. With those results, a water entry
function depending on the spray rate is developed.
Bossche [12] reduces the test set-up to a minimum. A
water spray test with air pressure difference is performed
on two polycarbonate plates. Both plates are perforated
with holes in different sizes. The holes in the exterior plate
shall simulate deficiencies in the first and second defense
layer. With the holes in the interior plate, different degrees
of air leakage can be represented. Behind the exterior
plate, a collection trough is located which measures the
amount of penetration water. This test set-up reveals very
interesting information about the consequences of an air
leakage: defects in the air barrier do not only lead to the
well-known condensation effect, but they have also a
major influence on the pressure conditions within the
wall. If both second defense layer and air barrier are
damaged simultaneously, water could be pressed through
the holes and the effect of penetration increases many
times over. These results underline the importance of
considering not only one defect at a time, but to have a
closer look on combined phenomena.
A series of experiments is described by Teasdale [13, 14].
In a first step, a wall-window-connection with intended
holes between frame and sill is exposed to a water spray
lab test for investigating how much water could reach the
stud cavity in case of deficiencies. In the second part, the
reaction of the components in the cavity due to water
penetration is evaluated. Almost the whole water
accumulates in the bottom plate whereas the upper parts
of the wall (where the water is injected) dry out quite fast.
This leads to the third part of the experiment: A prewetted bottom plate is inserted into different wall
assemblies and the dry-out behavior is evaluated. The aim
of the project was to find a repeatable and clearly defined
method to simulate the effects of wind-driven rain and
deficiencies in a lab test. This is a valuable approach since
both WDR amount and deficiencies are very hard to grab
in a usual lab test.
Experiments are one way to increase the knowledge about
moisture processes. The previous paragraphs show that
several people already started with investigating
unintended moisture fluxes in various test set-ups. A
second way to have a closer look at the reaction of the
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structure can be found in hygrothermal simulations. Both
ways complement each other: Experimental results are
essential input parameters for HAM simulation, and vice
versa simulations can help to work out newly required test
set-ups. A big advantage of the computational approach is
that several phenomena can be evaluated systematically
with less financial effort and less expenditure of time than
in experiments.
This advantage is exploited in the following chapter. A set
of different moisture penetration phenomena is chosen
and evaluated with WUFI® regarding the following
questions:
- What is a reasonable order of magnitude for input
parameters of moisture sources or the like?
- Which deficiencies have a major influence, and are
there negligible ones, in other words how sensitive
is the composition?
- How much resistance does the composition have
against moisture penetration?
- How does the implementation of deficiencies into
WUFI work? Are there any troubles when they
shall be simulated or is it possible to consider each
moisture penetration phenomenon easily?
Those questions will be answered in a mixture of literature
review and own simulation results in chapter 3.

3 HYGROTHERMAL SIMULATION
In total eight different moisture phenomena are collected.
Holes in various membranes, increased initial moisture
content, run-off problems and aging are investigated
separately and in combination. This selection shall reflect
a wide choice of unintended moisture phenomena as they
occur in reality. Exemplary simulations with the timber
frame composition shown in Figure 4 are performed and
evaluated in order to show the effect of each phenomenon.

spruce cladding
ventilation layer
2nd defense layer
mineral wool
vapor barrier
gypsum board

As climate input parameters the files of Holzkirchen,
Germany and Oslo, Norway are used. In Holzkirchen the
weather is quite cold and wet, whereas Oslo has a more
moderate but nonetheless cool Northern climate.
The basic background of deficiency consideration is
similar in 1-dimensional and 2-dimensional simulations.
In order to reduce complexity, the explanations start with
1D simulations. In the second part, an exemplary 2D
application is shown.
3.1 ONE DIMENSIONAL SIMULATIONS
In the following paragraphs each phenomenon is
described one by one and evaluated with respect to
difficulties in the implementation, choice of input
parameters and reaction of the exemplary structure.
1 HOLE IN THE
SECOND DEFENSE
LAYER
The first deficiency to be evaluated is a hole in the 2 nd
defense layer (also called wind barrier or water shedding
surface). It is the layer which shall drain all the water
which is pressed through little holes in the cladding and
protect thus the core of the composition.
For the case this layer fails, WUFI provides the possibility
to place a moisture source behind the 2 nd defense layer.
Relating to ASHRAE 160 the amount of the source is a
fraction of wind-driven rain and the default value is 1%.
Künzel uses in [15] this approach for a composition with
an Exterior Insulation Finishing System (EIFS) and gets
quite satisfying results.
However, there are some difficulties when ventilated
compositions like the one in Figure 3 are investigated.
This is done for the climate of Oslo in Figure 5. The red
line states the water content of the investigated insulation
layer for an undisturbed composition. In a second
calculation, a hole in the 2nd defense layer is simulated by
placing a moisture source with 1 % of the WDR amount
in the exterior part of the insulation. The results are
depicted by the blue line. There is a clear increase in the
water content, but the results are still in a reasonable range
and the values fall quickly down to the original values.

Figure 4: im er rame cross-section

Those simulation results are depicted in unified diagrams
with the following structure: The calculation time is 3
years and starts in October. The y-axis shows the weekly
mean of the absolute water content of the insulation. Since
the whole insulation layer is quite thick and conditions
change a lot within this layer, only 2 cm at the exterior
side are evaluated in the diagrams. This is the coldest and
therefore most critical part when it comes to
condensation. This leads sometimes to quite high water
contents in the following evaluation. Looking at the mean
of the whole insulation layer would result in more
moderate values and perhaps underestimate the risk.
Figure 5:

oisture source

R

slo
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This looks quite differently when the climate file of
Holzkirchen is used (cf. Figure 6). The blue curve with
the 1 % source reaches very high values and even if the
amount of the source is halved and 0.5 % are used, the
results are many times over the undisturbed case (green
line).

Figure 6:

oisture source

R

ol kirchen

The combination of both figures shows a very high
sensitivity of the set-up on the amount of wind-driven
rain. For Holzkirchen even tens of percentage of the WDR
amount decide about failure or no failure of the whole
structure. For the Oslo climate file, this dependency is less
pronounced because there is much less rain than in
Holzkirchen.

2 HOLE IN THE
AIR BARRIER
Comparable to a hole in an exterior membrane, a hole in
the interior membrane serving as air barrier is thinkable.
As mentioned in chapter 2.2.2, unintended air flow might
have two consequences: Firstly, convection can bring
humid warm air from the interior side into the structure;
this air will cool down on its way through the insulation
and condensation occurs as soon as the dew point is
reached. The second aspect concerns the pressure
difference from exterior and interior climate. An intact air
barrier shall be the border between the two different
pressures and prevent air from streaming through the wall.
For considering the first mentioned phenomenon – the
condensation aspect – standards suggest an approach
which is implemented in WUFI (see also chapter 2.2.1).
Again, the problem is solved with the help of a moisture
source. This time, the amount is dependent on the air
tightness class of the building and the contiguous indoor
air space. As location the suspected place of condensation
shall be chosen. This will be the exterior part of the
insulation next to the second defense layer for the current
composition. The results of this approach are shown in
Figure 7.

This high sensitivity is very dangerous, because it is not
possible to determine wind-driven rain that precisely [16].
The WDR amount can be defined by measurements, semiempirical models or numerical simulation tools. But no
matter which method is used, the values can differ from
reality in the scale of 50 % or even more. Consequently,
it is very hard to deal with structures which are very
sensitive on a deviation of 0.5 % when the input parameter
itself could vary about 50 %.
Furthermore, the amount of penetration water is not just
dependent on the climate, but also on the composition
itself. Lacasse describes in [17] that in ventilated walls ten
times less water finds its way into the core of the structure
than in non-ventilated assemblies. This can be deduced to
the fact that a ventilated wall usually provides two defense
layers which makes the composition less prone to failures
compared to a non-ventilated wall with just one defense
layer. Consequently, the amount of the moisture source
should not be constant 1 % of WDR for all compositions,
but shall be dependent on the kind of the structure.
Relating a deficiency in the water shedding layer(s) to the
amount of wind-driven rain is definitely reasonable and
close to reality. However, the results should be treated
with great care and more knowledge on the reaction of
different compositions on WDR sources is necessary.
This is why simulations and experiments described in this
paper will be continued.

Figure 7:

oisture source air in iltration

slo

The red line is again the undisturbed case. It is almost
invisible below the green line which represents the results
for a moisture source as it should be used in the best air
tightness class A. The building can be classified in
class A, when the air flow through the envelope q50 is
lower than 1.0 m³/hm². But even if the building is ranged
in class C (q50 < 5.0 m³/hm²), the differences to the
undisturbed case are of small importance (blue line).
Regarding the second protective function of an air layer –
ensuring the pressure difference – a combined evaluation
of holes in the 2nd defense layer and the air barrier is
necessary. It is of course thinkable to add two moisture
sources in WUFI, one dependent on WDR and the other
one simulating the damaged air layer. And of course, their
influences will overlap each other and result in a higher
water content (cf. orange line in Figure 6). But WUFI adds
just the amounts of both sources and does not consider the
pressure differences. Remembering Bossche´s expe-
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riments (s. chapter 2.2.2), the pressure aspect leads to an
additional increase of the moisture content. Hence, the
simulation results seem to underestimate the real moisture
conditions.
3 HOLE IN THE
VAPOR BARRIER
The third functional barrier is the vapor barrier. For
temperate climate it is located at the interior side of the
composition and shall hinder the diffusion flux through
the wall. It is possible to use the same membrane for both
air and vapor barrier, as it is done in the current example.
Using a moisture source might be possible again.
However, not so much information can be found about the
magnitude of the source. This might be due to the fact that
much more moisture can be transported by unintended
convection than by diffusion. And the previous figures
and explanations show that even convection is not the
most decisive factor. An additional moisture impact due
to diffusion shall be kept in mind, but probably it is not
the most important issue to focus on.
4 RAIN DURING
CONSTRUCTION
PROCESS
The higher the building, the longer is the construction
period. Consequently, the risk increases that a rain shower
occurs when the building is in a critical phase – e.g.
without exterior water shedding layers – and unprotected
insulation or wooden components absorb lots of water. In
the worst case, the water-tight exterior layers are installed
the very moment when the core of the structure is
completely soaked with water. To prevent complete
failure for this case, the composition must provide a
sufficient dry-out capacity.
One possibility to consider this phenomenon in WUFI and
to examine the dry-out behavior of the wall, is to increase
the initial moisture content of all or of selected layers. In
WUFI the default value for initial relative humidity is
80 % for the whole structure.

This is used for the red line in Figure 8 (only visible in the
very beginning). Increasing the initial moisture to 95 %
(green line) or 99 % (blue line), leads to a significant rise
of the water content of the insulation. But the investigated
composition has a very good dry-out capacity and all
effects of the high initial moisture content are vanished
within half a year. Note that this might not be self-evident
for all kind of structures.
Adapting the initial moisture content is not the only
possibility to take a rain shower into account in WUFI.
Once more it is thinkable to work with a moisture source.
This approach is described in [18]. Different kind of roofs
are exposed to a moisture source which is 4 liter in the
beginning and 0 afterwards. This leads to comparable dryout lines as shown in Figure 8.
BUILDING
MOISTURE
FROM OTHER
COMPONENTS
A total different phenomenon – but with similar
consequences – is the built-in moisture of the used
materials. For instance, floors out of concrete and screed
bring very much moisture into adjacent wall sections.
Since this water is introduced into the structure at the
beginning of its life-time and must dry out again, this
situation is very similar as for the rain shower during the
construction process – only the source of the additional
moisture is another one.
Consequently, the implementation of this phenomenon in
WUFI is quite similar as before. Either a moisture source
can be used or the initial moisture content of all or of
selected layers can be increased.
And there is another detail in simulation technique which
considers this problem. All of the shown simulations start
in October. This is suggested by the WUFI developers as
the worst case scenario for the composition because the
high initial moisture content meets the winter time with
low dry-out possibilities. This means the structure is wet
for a long time.
RESTRAINT OF
VENTILATION AND
DRAINAGE
The air layer in a ventilated cladding has different tasks,
e.g. providing a drainage space for the water which
penetrates through the cladding or removing humid air by
ventilation with the exterior air.

Figure 8: nitial

oisture
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Regarding the air movement, WUFI works again with
sources. A so-called air change source is a combined heat
and moisture source. Located in the ventilation layer, it
controls the interaction of exterior air and the conditions
in the ventilation layer itself. Its amount can either be
individual or a constant number of air changes per hour.
Hauswirth suggests in [19] to use a constant air change
rate (ACR) of at least 50 1/h for full ventilated claddings.
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This is done for all previous simulations and once more
depicted in the red line in Figure 9. Simulating that the air
cannot flow unhindered in the ventilation layer by
reducing the ACR to 10 1/h (green line) or 5 1/h (blue
line), leads to a significant increase of the water content
of the insulation layer. But it is still possible to dry out to
“normal” conditions as they exist for sufficient
ventilation. If there is no air change at all (ACR = 0), even
the good dry-out capacity of the current example is not
enough (orange line).

Figure 9: ir change source

ol kirchen

More difficult is to simulate the drainage (or more precise:
a limitation of the drainage effect) in WUFI. As long as
everything is perfect, all the fluid water runs down at the
2nd defense layer to the ground or to the next flashing. But
as soon as there is a horizontal barrier (e.g. wrong
installed battens or not-inclined flashings), the water can
accumulate there and act as a very high exposure for
adjacent wall sections.
Known to the authors, there is no validated model or
recommendation published which can deal with
accumulated water in WUFI 1D or WUFI 2D.

ACCUMULATION
OF RUN OFF WATER
Fluid water running down at a certain layer is not only an
issue in the drainage space. The main part of run-off water
should actually occur at the exterior surface of the
cladding. Again, this water does not cause any trouble as
long as it can flow down at the undisturbed surface. But
the same problems as in the drainage space can occur at
the cladding when there is a horizontal plane where water
can accumulate and stay there for a longer time.
This phenomenon is of even higher importance for multistorey buildings because the amount of run-off water
increases many times over. But as for the drainage space,
it is very difficult to simulate this effect in WUFI.

AGING OF THE
MATERIALS

The last phenomenon to be described here cannot really
be categorized in the same order as the other seven. Aging
is independent from human error and appears in various
forms which can be deduced from several of the other
phenomena: Aging makes membranes porous and less
water- and air-tight. This could lead to holes and thus to
all the consequences described in the first three examples.
Movements of the whole building or swelling and
shrinkage of wooden components can cause deformation
and e.g. change the position of originally correctly
installed flashings. This could disturb the paths for runoff water at the cladding and in the drainage space. It is
very probable that several of those phenomena occur
parallel due to aging. Therefore, it is very important to
consider combined deficiencies as it is mentioned and
explained in the previous paragraphs.
Talking about aging, maintenance comes into play. Since
this is even more difficult and more expensive for higher
buildings, it would be very useful to predict the extent of
aging and its consequences. Therefore, the correct
presentation of water penetration is essential. With the
help of HAM simulation, an adaptable maintenance plan
could then be applied which includes shorter intervals for
areas where damages are predicted earlier and longer
intervals for safer areas.
As discussed in chapter 2.1, the risk of damages is much
higher for details like windows or the inclusion of floors.
Since many two-dimensional effects can be found in the
details, a look into WUFI 2D is advisable and is described
in the following chapter.
3.2 TWO DIMENSIONAL SIMULATIONS
Parallel to the simulations performed with WUFI 1D for
a plain wall, 2-dimensional simulations are made to study
the behavior of specific details (corner, balcony, window,
roof …). This chapter shows the results for the inclusion
of a floor into the same timber frame wall as it is used for
the 1-dimensional simulations in chapter 3.1 (see
Figure 10 left side). The big advantage of 2D simulations
for this example is that wooden studs and joists can be
evaluated directly, and the 2-dimensional spread of
moisture can be depicted.
From the above described moisture penetration
phenomena, a hole in the second defense layer is selected.
A linear moisture source with 1.0 % of the wind-driven
rain amount is positioned just behind the exterior
membrane. As boundary conditions the climate file of
Oslo is chosen and the calculation time is again 3 years.
On the contrary to the 1D simulations, not the insulation
is evaluated but the water content of the wooden
components as they are numbered in Figure 10 (right
side). This shows directly the reaction of the moisturesensitive wood and is a good basis for further evaluation,
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e.g. application of a mold model. The results for the
climate of Oslo are shown in Figure 11.

1
2
3

4
Figure 12 nclusion o the loor - ol kirchen

Figure 10: Cross-section inclusion o a loor

4 DEFICIENCY EXPERIMENTS

The joists of the walls and the floor itself show a decrease
of the moisture content over time, describing the drying
behavior of the connection. An exception is here the blue
curve (2) which represents the results for the floor joist.
This element has the largest exposed surface and
consequently a higher water content. However, the results
are still in a reasonable range and the values never exceed
20 % moisture content.

Two scenarios presenting moisture related problems
which are frequently found in small and medium sized
buildings and which are even more critical in high
buildings will be studied in experiments: (1) the rain water
uptake and storage in the building envelope during the
construction phase before installing the outer defense
layers (cladding and rain-barrier) and (2) disturbances
which can happen due to construction mistakes, e.g.
wrinkle of the rain barrier or due to design mistakes, e.g.
wrong choice of the material.
These experiments will be carried out in a hot-box climate
chamber. The technical specifications of hot-box
experimentation are inspired by the standard ISO 8990
[20]. For the determination of thermal transmission
properties in a guarded hot box, two samples can be tested
simultaneously (Figure 13). The study will be carried out
on a wall sample of 2 m tall by 0.69 m wide. The
composition of the sample is similar to a standard timber
frame plain wall (see Figure 4). The aim of the
experiments is to characterize the influence of the
implemented disturbances on the risk of damages (see
below).

Figure 11: nclusion o the loor - slo

In Figure 12 the same simulation is performed with the
climate of Holzkirchen. The floor joist (2) and the floor
itself (5) are not directly affected by the exterior climate
and the related moisture source, so their water contents
are comparable to those in Figure 11. But the wall joists
(1, 3, 4) are not protected by an additional insulation layer
and therefore more prone to the wetter Holzkirchen
climate. Water contents go up to 25 % and steady-state
conditions are not yet reached after 3 years. As for the 1D
simulations, the composition is quite dependent on the
climate files.
Later in the project, these results will be compared with
other rates of WDR and with other details (inclusion of a
balcony, corner, front door, window …). The
implementation of other moisture penetration phenomena
like described in chapter 3.1 shall also be one of the next
steps.

Figure 13: ygrothermal test cells

Temperature, humidity and pressure regulation will be
applied in each chamber to create differing steady state
conditions.
The implementation of several sensors in the two wall
samples will be done in order to assess the risk related to
the strong presence of moisture (Figure 14): a sensor of
thermal flow to measure the decrease of the R-value of the
wall, temperature and humidity sensors located in the
insulation material, and the use of a pin meter moisture to
estimate the moisture content of the timber parts are
installed.
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In order to simulate the presence of unwanted water
during the construction phase, the insulation will be
sprayed before laying the cladding and the rain-barrier
with different amount of water stages range from 1 liter to
5 liter. To simulate the risk related to design or
construction mistake, several disturbances will be
implemented in the defense layers (crack in the rainbarrier, missing vapor barrier…).
Thermal flow
T° and H%
Moisture content

Figure 14: mplementation o the sensors

The experiments are currently in process and cannot be
evaluated, yet. In the further scope of the project, the
results of the experiments will be compared with WUFI
simulations. It is also planned to work with details like the
inclusion of a floor.

DISCUSSION AND FURTHER
APPROACH
Several moisture penetration phenomena are evaluated in
this paper. It is described how far they can be considered
in the HAM software WUFI, which input parameters are
necessary, how the composition reacts in general and
which deficiency has major or minor influence on the
results. Those outcomes shall be discussed here.
Regarding the input parameters, some recommendations
can be found in literature and standards (cf. chapter 2.2).
However, they should be treated with care. This is
especially true for the amount of wind-driven rain which
penetrates through small holes in the second defense
layer. The following discrepancy can lead to very
uncertain results: The exemplary used composition reacts
very sensitive on changing climate conditions and
changing WDR amount (cf. chapter 3.1). Even a
modification of the moisture source amount in the
magnitude of tens of percentage leads to completely
different moisture contents in the structure. On the other
hand, it is not nearly possible to forecast the WDR amount
that precisely for the whole life time of the building. This
discrepancy becomes even more evident when various
kind of compositions need to be treated differently: For an
EIFS composition with only one defense layer, the risk of
water penetrating into the core of the structure is quite
high and a fraction of 1% according to ASHRAE 160
might be appropriate. But ventilated claddings with two
external defense layers are not so prone to errors and
should be exposed to a lower moisture source in HAM
simulations. But this means to be even more specific with
the amount of WDR during the design process. To escape
this problem of uncertain input parameters, results of
further experiments like the ones described in chapter 4
are crucial.

The previous paragraph shows how important it is to have
a look at the sensitivity of the composition on different
deficiencies. The more sensitive the compositions react,
the more accurate the input parameters must be chosen.
From the investigated penetration phenomena, the
moisture source dependent on WDR has by far the highest
influence. Increasing the initial moisture content of all
materials leads also to a very high reaction in the
beginning of the simulation. But at least for the
investigated composition it is possible to dry out quite
fast. Changing the air-tightness class (and thereby
simulating holes in the air barrier) does not have a major
influence for the exemplary composition according to
simulation results. But WUFI considers only the
condensation aspect of the air flow and neglects the aspect
of pressure difference which occurs when the second
defense layer is damaged simultaneously and even more
moisture could be forced into the structure. This leads
automatically to the next issue of the current discussion
chapter: the ability to implement the penetration
phenomena into WUFI.
With the help of different moisture sources or the increase
of the initial moisture content, many phenomena can be
described in WUFI. Holes in various layers, rain during
the construction process, building moisture from other
materials, and restraint of the ventilation in the exterior air
layer can be considered and evaluated. However, when it
comes to complex combined phenomena, simulation
results are not at the safe side or not achievable at all. This
can be due to two reasons: Either the common knowledge
about input parameters is not accurate enough, e.g. for
wind-driven rain simulation, or the software code
provides no model, e.g. for taking pressure differences
into account. There is also no model available for
considering a longer exposure time when run-off water
accumulates at horizontal planes and stays there for a
certain time. It could be thinkable to adapt the climate file
and prolong each rain event, but this is a very theoretic
approach and there is not yet enough knowledge about
run-off available.
For reasons of comparability, this paper evaluates just one
specific composition. In the further scope of the project it
will be essential to extend this approach also to other
assemblies. A sensitivity analysis for each composition
should be conducted to see which parameter influences
the results most. Only when the reaction of the
composition to various climate files and deficiencies is
known and the limit state for a certain exposure is defined,
it is possible to compare them in an advanced way and to
give recommendations for the practitioner which
assembly shall be used in which climate conditions. That
will lead to a semi-probabilistic approach for moisture
safety design and is extended to a risk model for costefficient moisture-safe tall timber facades [21]. But this
means that a lot of simulations are necessary as well as a
well-structured way to evaluate them. Since it is very
cumbersome to perform hundreds of simulations one by
one, an automatized process using and evaluating WUFI
1D is described in a related WCTE 2016 paper [21].
Together with a set of selected 2D detail simulations as
described in chapter 3.2, a sound knowledge about
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moisture penetration processes in timber walls will be
gathered.

CONCLUSION
Nowadays moisture design concepts deal often just with
plain undisturbed wall sections. But the awareness rises
that details like windows or ducts increase the risk for
deficiencies and consequently the risk of additional water
penetration. Very good tools are available in HAMsoftware like WUFI to consider holes in membranes e.g.
the second defense layer. The software can also deal with
an increased initial moisture content due to e.g. a rain
shower during the design process. However, some
combined phenomena like holes in both air barrier and
second defense layer cannot be depicted correctly, and the
selection of correct input parameters is not a straightforward task. The values given in literature and standards
can often serve as a good reference point, but especially
when it comes to consideration of wind-driven rain more
research regarding input parameters is necessary.
Moreover, common knowledge about run-off and WDR
at high-rise buildings is quite low at the moment. Further
simulations and experiments will gather more information
about moisture penetration phenomena.
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PREDICTION OF COLOUR DEVELOPMENT OF COATED WOOD SURFACES DURING
WEATHERING AND MAINTENANCE

Boris Forsthuber, Monika Ecker, Gerhard Grüll
ABSTRACT: Wood surfaces coated with (semi-) transparent coatings undergo discolouration during exposure to
sunlight. The present paper aims at the development of prediction models for this type of photo induced
discolouration. Additionally, the influence of maintenance coatings on the overall colour of coated wood surfaces
should be investigated. For that purpose, wood samples of European larch and Norway spruce were coated with
several (semi-) transparent coatings with varying colour and exposed to Xenon arc light with outdoor cut-off filter to
simulate outdoor irradiation conditions. From the obtained colour measurement data, colour prediction models were
developed. Best fitting results were obtained in the CIE-xyz colour space. The respective change of the colour
components could be fitted very accurately with a bi-exponential fitting function. For better visualisation of the wood
surface colour change, the colour of early- and latewood was calculated using image processing methods and the
discolouration was calculated for earlywood and latewood separately. The application of maintenance coatings led to a
strong colour change for darker colour tones, while with lighter colours, the change was negligible.
KEYWORDS: Wood coatings, photo induced discolouration, wood surfaces

1 INTRODUCTION 123
Wood is a versatile material with both a high mechanical
performance and a pleasing visual appearance. Hence,
aside from its function as building material, wood has to
fulfil also aesthetical requirements. However, during
exposure to light, the initially appealing colour of the
wood surface changes very rapidly after a comparably
short period of time [1–4].
Wood coatings are known to strongly reduce the photoinduced discolouration of wood surfaces, depending on
their spectral absorbance in both the UV and visible area
of the solar spectrum [5–7]. Paints, opaque pigmented
coatings, act as very effective UV/vis light screeners, but
the natural aspect of wood is concealed beneath the
coating [8]. With (semi-) transparent coatings, the
appealing wood structure is mostly retained.
Nevertheless, especially with lighter coloured coatings
(lower absorbance in the visible part of the solar
spectrum), a considerable discolouration of the coated
wood panels can still be observed. Many efforts were
made to model the discolouration of wood and coated
wood surfaces [4,9]. In order to visualize the expected
discolouration by e.g. Computer Aided Design (CAD), a
coated wood surface discolouration model would
therefore be of great use.
In order to retain the functional capability of wood
coatings, the regular application of maintenance coatings
1
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is strongly recommended [10]. However, these
additional coating layers lead inevitably to a colour
change of the coated wood surfaces as well. In order to
estimate the progressive colour change due to the
application of maintenance coatings, a model would be
of great use that can aid customers in predicting and
visualizing the resulting colour tone of maintained
coated wood building elements.
The aim of the present study was the modelling of the
photo-induced discolouration of coated wood samples
during simulated sunlight exposure. Additionally, the
influence of applied maintenance coatings on the
resulting colour of the coated wood surfaces should be
quantified, which would aid specifiers in selecting the
right colour tone for a maintenance coating. The
resulting model could be further improved by taking the
differential colouration of early- and latewood into
account. This will allow a more realistic prediction of the
photo-induced discolouration of wood surfaces, which
can be used to visualize the appearance of exposed
coated wooden building components by a CAD system.

2 MATERIAL AND METHODS
2.1 WOOD SAMPLES
For the Xenon arc exposure trial, 3 wood samples per
variant with dimensions 150 mm x 75 mm x 20 mm and
an annual ring orientation of 5-45° were cut from
conditioned boards with a moisture content of ~12 % of
each of the wood species European larch (Larix deciduas
Mill.) and Norway spruce (Picea abies L.). In total,
30 coated wood samples were exposed. Before coating
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application, all samples were planed
d and sanded with
grain size 120.
2.2 COATING MATERIALS
ac
the same
All coating materials were produced according
guide formulation, based on a waterbor
orne acrylic binder
dispersion (Table 1). Different amoun
unts of iron-oxide
pigments were added to the formulation
on to obtain several
semitransparent colour tones. All
ll coatings were
produced by a commercial coating man
anufacturer. Aside
from the colour tones, dry film thickne
ness was varied for
the yellow coating. All coatings weree applied on wood
manually with a brush. Between the
he 1st and the 2nd
application, intermediate sanding with
ith grain size 240
was conducted. The second topcoat la
layer was applied
after a drying period of at least 48 h at 23°%/50 %
relative humidity climate.
Xenon arc light
Table 1: List of variants exposed to X
Label
SPR - Trsp
SPR - Y2x
SPR - Y3x
SPR - LB
SPR - DB
LAE - Trsp
LAE - Y2x
LAE - Y3x
LAE - LB
LAE - DB

Wood
Spruce
Spruce
Spruce
Spruce
Spruce
Larch
Larch
Larch
Larch
Larch

Nr. of Coati
atings/Colour
2 x Transpa
parent
2 x Yellow
w
3 x Yellow
w
2 x Light-bbrown
2 x Dark-br
brown
2 x Transpa
parent
2 x Yellow
w
3 x Yellow
w
2 x Light-bbrown
2 x Dark-br
brown

In order to investigate the influence
ce of maintenance
coatings on pre-exposed coated wood
od surfaces, colour
measurements before and after the
he application of
maintenance coatings were carried ou
out. Coatings were
applied on parts of the coated wood pan
anels after 24 h and
48 h of exposure to Xenon arc light in a way that one
third of the panel kept the former coat
ating layers before
maintenance.
2.3 XENON ARC EXPOSURE
Exposure to Xenon arc light was carri
rried out with a QSun XE-3 Xenon test chamber from Q-Lab
Q
(outer filter
borosilicate/inner filter borosilicate), 0.41
0
W/m² at 340
nm, black panel temperature (60 ± 2)°C, relative
humidity of (50 ± 5%).
AGE AQUISITION
2.4 COLOUR MEASUREMENT AND IMA

Colour measurements of wood samples
les were conducted
using a Konika-Minolta CM 2600d sp
spectrophotometer,
with d/8° optics, a D65 light source, 3 mm aperture size
and a 10° normal observer. 7 measurements
m
per
specimen were carried out with the 3 mm
m aperture, using
a pattern as shown in Figure 1.

Figure 1: Top left: Colo
lour measurement spots.
Bottom
right:
Illu
llustratively
detected
earlywood/latewood within
n the colour measurement
spots.
The coated wood samples we
were exposed to Xenon arc
light for 72 hours and the colou
lour was measured at regular
intervals. Colour evaluation w
was done in the CIE-Lab
system according to the CIE C
Commission Internationale
de l’Eclairage. The L*, a* and b* components are nonlinear transformations of the pprimary colorimetric values
in the CIE-XYZ colour space.. The X, Y and Z values are
calculated from the remission
ion spectra obtained by the
spectrophotometer. In the CIE
IE-Lab system, the L* axis
represents the lightness of an object, varying from 0
(black) to 100 (white). Thee a* and b* axis are the
chromaticity coordinates (-a** for green, +a* for red, -b*
for blue and +b* for yellow)
w). Colour differences were
calculated by the Euclidean distance
di
between two points
in the CIE-Lab space acco
ccording to the following
equation:
(1)
where ∆L*, ∆a* and ∆b* are
re the differences of the L*,
a* and b* values between thee irradiated
i
wood panels and
initial non-exposed samples.. The resulting ∆E* values
indicate the extent of the occur
urring discolouration.
Images were acquired using a flatbed scanner HP G4050
of Hewlett-Packard. This scan
anner has two separate and
independently controlled Xen
enon luminescence lamps,
leading to a 6 channel measu
asurement. Image resolution
was set to 1200 pixel/inch (47
472.4 pixel/cm). For further
analyses, the colorimetric valu
alues were transformed from
the sRGB to the CIE-Lab colo
olour space. Calibration was
carried out, using the SilverFas
ast software from LaserSoft
Imaging and an IT8 reflectivee calibration target (IT8.7/2)
from Kodak. The target consi
sists of a set of 264 colour
patches that falls within thee scanning device’s colour
gamut. Additionally, a neutral
al lightness scale comprising
24 patches ranging from whit
hite to black is present. For
calibration of the scanner, the
th measured values of the
scanner are compared with the
he values of a reference data
file that comprises the L*,, a* and b* values of the
patches of the target and wh
hich is provided from the
manufacturer of the IT8 target
ets. The software calculates
the scanner colour error forr eeach patch and creates an
ICC-profile according to the
t
International Colour
Consortium. With this ICC-pro
profile colours of the images
obtained with the photo-scanne
ner are corrected.
2.5 UV-VIS SPECTROSCOPY
UV-Vis spectra of free coat
ating films were recorded,
using a Specord 210 photome
meter of Jena Analytics in
transmittance mode with 2 nm
m-1 resolution. The scanning
range was 200 nm to 800 nm.
m. To include the scattered
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light, an integration sphere was used. On each sample
2 measurements were carried out on different spots. In
order to calculate the transmission spectra of the coatings
at the actual dry film thickness, calibration curves with
8 free coating films with variable dry film thicknesses,
ranging from 10 µm to 100 µm were prepared,
absorbance spectra were measured and the dry film
thickness of each film was determined on cross sections,
using a light microscope according to EN ISO 2808
method 6A.
2.6 DETERMINATION OF COLOUR OF EARLY- AND
LATEWOOD

Image analyses for the determination of the colours of
early- and latewood were performed, using Python 2.7
with the machine learning libraries scikit-image
(v.0.11.3) and scikit-learn (v.0.17.1), [11]. Validation of
the results was performed, using Matlab 2009 with the
Image processing toolbox.
To determine the colour of the early- and latewood, the
images of the coated wood samples were firstly
segmented into earlywood and latewood, using the
following image analysis algorithm:
Algorithm for early-/latewood extraction:








3.1 DISCOLOURATION OF COATED WOOD SURFACES
DURING XENON ARC EXPOSURE
In Figure 2, discolouration values ∆E* of the coated
larch wood samples are plotted against the time of
Xenon arc exposure. The colour measurement data
suggests fast discolouration of the samples within the
first 5 to 15 hours of exposure. Afterwards, the rate of
discolouration decreases significantly and reaches nearly
constant values. The occurrence of a discolouration
plateau was described by several authors [2,12,3,7]. The
larch wood samples with transparent coating (LAE-trsp)
showed a much higher discolouration than the systems
with 2x and 3x application of the yellow pigmented
semi-transparent coating (LAE–Y2x/Y3x). The lowest
discolouration was obtained with the dark brown coating
(LAE–DB). In summary, the following order concerning
the amount of discolouration can be made:
DB < Y3x < Y2x ≪ Trsp.

Transformation of the sRGB picture element
colour values into L*, a* and b* values of the
CIE-Lab colour space
Transformation of the image colour values to
maximize the variance, using principal
component analysis (PCA)
Applying image thresholding, using Otsu’s
thresholding algorithm.

Results of the abovementioned algorithm are as follows:


3 RESULTS AND DISCUSSION

Black and white images of the original image,
where the earlywood/latewood is represented by
either 0 or 1
Transformation matrices for transforming the
image colour values onto the new subspace with
maximal variance along the first dimension
Threshold values for each image for segmenting the
image into earlywood and latewood.

Both the calculated transformation matrix from the
principal component analysis and the threshold from
Otsu’s thresholding algorithm of the image were then
applied on the different colour measurement spots,
leading to segmented images, from which the
earlywood/latewood ratio was calculated. By combining
the earlywood/latewood ratios with the colour
measurement values, a matrix equation of the following
form could be obtained (equation 2):

⋮

⋮

∙

⋮

(2)

where Ae and Al are the early- and latewood ratios, b0b13 are the colour measurement values obtained by the

LAE - trsp
LAE - Y2x
LAE - Y3x
LAE - DB

12
10
8

∆E*



spectrophotometer and xe and xl are the unknown colour
values of the earlywood and latewood, respectively. The
linear matrix equations were then solved, using singular
value decomposition (SVD).

6
4
2
0
0

5

10 15 20 25 30 35 40 45 50 55 60 65 70 75 80

Time of Xenon arc exposure [h]

Figure 2: Discoloration ∆E* of larch wood samples
coated with acrylic coating system; trsp - transparent
coating; Y2x/Y3x: 2 and 3 time application of a
yellow pigmented coating; DB: dark brown coating.
Values were fitted with a bi-exponential fitting
function
In Figure 3, UV-Vis transmission spectra of the different
coating systems, interpolated to the actual dry film
thicknesses on the larch wood samples are shown. It can
be seen that the transparent coating (Trsp) has a high
transmittance both in the UV (up to 400 nm) and visible
area of the electromagnetic spectrum. The yellow
coating (Y) has a much lower transmission in the UV
and in the near-UV area in the visible region of the
spectrum. The light- (LB) and dark-brown (DB) coatings
both have a very low transmittance in the UV area. In the
visible part, the dark brown coating has a lower
transmittance than the light brown coating. In
comparison with the results shown in Figure 2, it can be
observed that higher transmittance of the coatings in the
UV area leads to a higher discolouration of the coated
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L

larch wood surfaces. The relationship between UV
absorbance and wood surface discolouration was also
described by Forsthuber et al. [7]. Tolvaj and Mitsui [13]
pointed out that the UV component of sunlight plays the
main role in causing photo degradation. It is further
known that the colour change of the wood surface is not
limited to the UV area of the irradiation spectrum. Also,
visible light with wavelengths up to 540 nm effects a
colour change of the wood surface [14].

800

Wavelength [nm]

Figure 3: UV-Vis transmission spectra of free coating
films with film thickness applied on the wood
surfaces
Exemplarily, Figure 4 shows the absolute colour values
L*, a* and b* of the three replicate samples of yellow
coated larch wood panels (Y2x). It can be seen that the
initial colour values at t = 0 h differ considerably from
one another. It further became apparent that after
exposure to Xenon arc light, the differences between the
colour values became even larger. It was further seen
that the rate of discolouration was different for the three
replicate samples. This has to be kept in mind when
predicting the discolouration single of larch wood
samples.
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Figure 4: Colour values of the three replicate samples
of 2x yellow coated larch wood during Xenon arc
exposure trial
In Figure 5, the discolouration ∆E* of spruce wood
samples is plotted against the time of Xenon arc
exposure. In comparison to the coated larch wood
samples, it can be noted that the spruce wood samples
with transparent coating showed significantly higher
discoloration ∆E*. Further, it can be seen that the
standard deviation of the discolouration values from the
same samples around the mean values of spruce is much
lower than with larch wood. The reasons for this
observation are twofold. On the one hand, the variance
of the initial colour of the replicate samples is much
lower compared to larch. On the other hand, the colour
differences between early- and latewood are much lower
with spruce than with larch.
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Again, the discolouration depending on the coating
system can be ordered DB < LB < Y3x < Y2x ≪ Trsp,
which is in agreement with the discolouration results
obtained on coated larch wood samples.
3.2 MODELLING OF DISCOLOURATION DURING XENON
ARC LIGHT WEATHERING

Based on the results from the Xenon arc exposure trials,
investigations to model the coated wood surface
discolouration as function of the exposure time were
carried out. ∆L*, ∆a* and ∆b* values are common
quantities for the assessment of the wood surface
discolouration, since they are closely related to the
human perception of colour differences. However, fitting
of these discolouration curves during exposure to light is
not trivial. Schnabel et al. [4] used the local regression
method (LOESS) for modelling the discolouration. In the
present study, a different approach was used. The colour
quantities were (re-) transformed into alternative colour
spaces where the discolouration can be described by
monotonic fitting functions. Best results were obtained,
using the normalized tristimulus values x,y and z,
obtained from the CIE-XYZ colour space. In Figure 6
the relative changes of the x, y and z values for coated
larch wood samples during Xenon arc exposure are
shown. It can be seen that the changes of all values show
negative monotonous behaviour allowing accurate fitting
with an exponential function. The best fitting results
were achieved, using a bi-exponential decay function
according to the following equation (equation 3):
,

∙

∙

y

(3)

The resulting fitting functions are plotted as solid lines in
Figure 6.
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Figure 6: Relative change of the normalized
tristimulus values x, y and z for coated larch wood
samples during Xenon arc exposure
Since the CIE-Lab colour space is more suitable for the
assessment of wood surface discolouration, predicted
values were transformed into the CIE-Lab colour space.
In Figure 7, the measured and predicted discolouration
∆E* is plotted against the time of Xenon arc exposure.
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LAE - LB measured
LAE - DB measured
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Figure 5: Discoloration ∆E* of spruce wood samples
coated with acrylic coating system; trsp- transparent
coating; Y2x/Y3x: 2 and 3 time application of a
yellow pigmented coating; LB/DB: light/dark brown
coating. Values were fitted with a bi-exponential
fitting function
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Figure 7: Measured and predicted discolouration of
coated larch wood panels
It can be seen that there is a very good agreement
between the predicted and measured values. However, it
has to be kept in mind that the discolouration values are
mean values, single samples can deviate considerably.
3.3 DISCOLOURATION OF EARLY- AND LATEWOOD
The results from the previous section allow an estimation
of the mean colour change of coated wood surfaces
during Xenon arc exposure. However, it is known that
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not only the colour but especially thee texture of wood,
i.e. the colour differences in early- and latewood is
crucial for the appearance of wood. It is further known
that the rate of discolouration is differe
erent for early- and
latewood [15]. Hence, it can be ex
expected that the
contrast between earlywood and latew
ewood is changing
with progressing time of exposure. In a previous study, a
colour calibrated photo-scanner wass used
u
in order to
determine the relative colour change
ge of early- and
latewood [15]. Although the relativ
tive discolouration
values acquired by the photo-scannerr were
w
very similar
to those obtained by the spectrophotom
meter, the absolute
values showed large deviations. Hence,
ce, in this study, an
alternative method was used. First, ann iimage processing
algorithm was developed, which
ch allowed the
segmentation of the colour images int
nto earlywood and
latewood segments. The algorithm cons
nsists of a principal
component analysis, where the colo
lour vectors were
transformed onto a new subspace to
t maximize the
variance in the first dimension.
20
LAE - trsp - earlywood
LAE - trsp - latewood
LAE - Y2x - earlywood
LAE - Y2x - latewood

18
16

considered for transparent orr nnearly transparent coatings,
while for dark coatings, the di
differences in discolouration
might be negligible.
NANCE COATINGS ON THE
3.4 INFLUENCE OF MAINTEN
DISCOLOURATION OF CO
OATED WOOD SURFACES

Investigations of the colour cha
change due to the application
of maintenance coatings wer
ere performed by applying
coatings on the coated sampl
ples after 24 h and 48 h of
exposure to Xenon arc light. Figure
F
9 shows exemplarily
the discolouration of larch woood samples during Xenon
arc exposure, coated with two
tw and three layers of the
yellow coating. In order to inc
nclude maintenance coatings
in the discolouration model
els developed before, the
following sequence was as
assumed: Before the first
maintenance, discolouration proceeds
p
according to the
models developed above. The application of a
maintenance coating (in the present
pre
case after 24 h) leads
to a sharp increase of discolou
louration. Afterwards, it was
assumed that further discolou
louration proceeds with the
rate of the three layer system (shown as parallel shift in
the same figure).
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Figure 8: Calculated discolouration oof earlywood and
latewood for larch wood surface
ces, coated with
transparent and yellow coating system
em
In a next step, a threshold value wass calculated, using
Otsu’s method [16]. In this method, a tthreshold value is
searched that minimizes the in-grou
oup variance and
thereby maximizes the between-grou
oup variance. The
calculated transformation matrix of
o the principal
component analysis and the thresholding
ing value were then
applied to the measurement spots. Fr
From the resulting
binary images, the earlywood/latew
ewood ratio was
determined. By combining the ear
arlywood-latewood
coefficient matrix with the colour mea
easurement values,
the colour of the earlywood and
nd latewood was
calculated, using singular value decompposition.
Figure 8 shows exemplarily the discolo
louration of early –
and latewood for the coated larch
ch wood systems
LAE-trsp and LAE-Y2x during Xeno
non arc exposure.
From this figure it can be seen that earlywood
ea
shows a
significantly higher discolouration than latewood.
Similar results were obtained by Forsthu
thuber et al. [15]. It
was found that the colour differe
erences are more
pronounced with the transparent coatin
ting system, where
the overall discolouration was much higher,
h
than with
the yellow coating system. It can be concluded
co
that the
differences of early- and latewood are
re important to be

esentation of the modified
Figure 9: Schematic repres
discolouration model ass consequence of the
application of a maintenanc
nce coating after 24 hours
of exposure to Xenon arc ligh
ight
In Figure 10, the actual disco
scolouration of coated larch
wood samples during Xenon
on arc exposure is shown
(empty symbols). Time point
ints of maintenance can be
clearly seen for the light- and dark brown coating
systems (LAE–LB/DB) by the
t
distinct discolouration
steps after 24 h and 48 h off Xenon arc exposure. The
yellow coating on the other
er hand shows almost no
increase of discolouration byy tthe maintenance coating. It
can be concluded that alth
lthough higher pigmented
systems show a lower over
erall discolouration during
exposure, the application of a maintenance coating
strongly alters the colour off the
t coated wood samples.
Lighter colours, like the semi-ttransparent yellow coating,
show only a minor additio
itional discolouration. The
increase of colour due to thee aapplication of maintenance
coatings is in clear contrast to opaque coating systems,
where the colour is hardly cha
hanged by additional coating
layers or might be even resto
tored to the original colour.
Figure 10 shows further the
he predicted discolouration
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based on discolouration models shown before. The rapid
increase of discolouration by the maintenance coating
was determined experimentally and inserted into the
modelling curves. It can be further seen from this figure
that there is a good agreement between the actual and the
predicted discolouration values.
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the measurement spots into earlywood and latewood.
From the ratios obtained, the values for early- and
latewood could be calculated, using singular value
decomposition. This method can be used to generate
textures for CAD systems that allow the visual
prediction of buildings after a certain period of exposure
to sunlight. The models were further improved by taking
maintenance coatings into account. Thereby it was seen
that highly pigmented semi-transparent systems with
dark colour tones show high colour changes. The
modelling of the influence of the application of
maintenance coatings can aid specifiers to select
appropriate coating systems for maintenance by
visualizing the resulting colour tone of coated wood
samples.
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WEATHERED WOOD IN BUILDING FAÇADES
– INFLUENCING FACTORS AND AESTHETICAL ASPECTS
Lone R. Gobakken1, Olav A. Høibø2, Geir I. Vestøl3, Thomas K. Thiis4, Ingunn
Burud5
ABSTRACT: Uncoated wood is increasingly used in building façades in Northern Europe. The benefits can be both
low maintenance and low environmental impact. An even, grey color of the façade is often the intention, but in several
cases, an uneven pattern of light, grey and dark/black areas is the result. The effect of weathering and the influencing
factors have to be considered when designing and building uncoated and coated wooden façade to avoid unwanted
weathering effects. Wood weathering is commonly described to be caused by: accumulation of extractives on the
surface, photo-degradation of lignin, staining by dark colored mould fungi, checking, cracking and splitting due to
moisture fluctuation and erosion. This paper reviews, analyzes and exemplifies weathering as a finishing system and
design option for uncoated wood. Furthermore, it also discusses and exemplifies the main influencing factors and
weathering effects on coated wood in facades.
KEY WORDS: aesthetical appearance, consumer perceptions, influencing factors, mould, weathering, wooden façades

1 INTRODUCTION 123
In Northern Europe, the use of uncoated wood in
building façades has increased the last 15-20 years.
Consequently, the importance of aesthetical character
and appearance of wood materials and wood products
used outdoors has increased. The aesthetic service life of
outdoor exposed wooden surfaces, both coated and
uncoated, depends on multiple effects in combination.
Growth of moulds, blue stain fungi and other visual
changes such as color changes, abrasion or wear,
blistering, flaking, and even cracking of the wood or
coating, affect service life.
An evenly weathered, grey and homogenous uncoated
wooden façade found on traditional older barns and
mountain cabins are commonly accepted as aesthetically
pleasing (Figure 1). It serves as the desired aesthetical
expression strived for on new buildings by many
building owners, entrepreneurs and architects. The
benefits of using uncoated wood in facades are several;
low maintenance, low environmental impact and a
1
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contemporary look. Unfortunately, several building
projects with uncoated wooden facades have a design
and/or a material selection yielding an aesthetically
unfavorable appearance due to uneven weathering. The
reaction from the public is then often negative and this
gives wood as a façade material a bad reputation.

Figure 1: Mountain cabin in Balestrand, Norway. (Photo:
Lone Ross Gobakken)

By being able to predict the aesthetical service life and
the visual appearance of a wooden façade over time, we
can accommodate some of the end-user expectations,
perceptions, values, tradition and aesthetical preferences.
The objective of this paper is to review and analyze
weathering as a finishing ‘system’ and a design option
for wooden façades. The work is partly based on
literature survey and partly on studies performed at
Norwegian Institute of Bioeconomy Research (NIBIO)
and Norwegian University of Life Sciences (NMBU)
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together with experience from inspections of building
facades. The main focus is on uncoated wood as façade
material, but also coated or otherwise finished wood are
included. We will identify and discuss the most
important influencing factors leading to weathering and
mould growth on outdoor exposed wood. Furthermore,
we will exemplify various aesthetical implications of a
wooden façade in actual buildings, and show an attempt
to model and simulate the weathering effect on a
building façade.

2 WEATHERING OF WOODEN
FACADES
Wood weathering is commonly described to be caused
by: 1) accumulation of extractives on the surface, 2)
photo-degradation of lignin, 3) staining by dark colored
mould fungi, 4) checking, cracking and splitting due to
moisture fluctuation and 5) erosion [1-3]. Accumulation
of extractives, degradation of lignin and growth of
mould and blue stain fungi will add color to weathered
wood. Mould and blue stain fungi (discoloring fungi) are
looked upon as the main contributing agents to the
weather grey color on outdoor exposed wood, – and we
therefore elaborate and focus mostly on these groups of
biological deteriorations.
2.1 DISCOLORING FUNGI
Mould and blue stain fungi are able to colonize and grow
on a broad range of surfaces and materials, including
plastics, coatings, paper etc. Wood, in particular, is
quickly colonized by such fungi. Growth of moulds and
blue stain on wood exposed outdoors in building
applications is often undesirable as it leads to increased
maintenance and reduces the length of time that wood
retains its pleasant appearance. On the other hand, rapid
colonization and color change of uncoated wooden
cladding is often anticipated and can be used as a design
element. Moulds at the surface of coated and uncoated
wood produce a powdery and/or spotty pattern. The
colors of moulds may range from lighter shades of green
and yellow to black. The mould fungi referred to as blue
stain in service, mildew and discoloring fungi have
mainly dark-colored hyphae and spores.
If the conditions are optimal for fungal growth, fungal
colonization is close to inevitable. The four most
important factors for fungal growth are: moisture,
temperature, oxygen and nutrients [4-6]. Moisture is
known as a decisive criterion for mould growth. Mould
exploit moisture from the substrate and the air, and each
mould has a particular humidity range. When the relative
humidity is above 80-85%, germination and colonization
will occur for the majority of the mould species. Higher
relative humidity will generally give more mould
growth. Moulds have a wide tolerance for temperature.
The lower limit for fungal colonization is generally
around 0-5ºC, and the upper limit is generally around
40ºC. Most moulds prefer a warm environment with
temperatures ranging from 20 to 28ºC. Temperature
below minimum will often induce dormancy, while
temperature higher than maximum over time can be

lethal. There are mould species which are adapted to
very high or very low temperatures. Moulds need
oxygen, but they can grow well at lower oxygen levels
than those of air and oxygen is rarely a limiting factor
for mould growth on wooden façades. As nutrients,
moulds require carbon compounds such as simple
sugars, cellulose, alcohols etc. Further, nitrogen is
required as inorganic and organic compounds, and the
optimal ratio of carbon and nitrogen is said to be about
30:1. The nutrients are given for the substrate (the
surface of coated or uncoated wood), but generally
moulds are easily satisfied.
2.2 DEGREGATION OF LIGNIN
Photodegradation of lignin causes wood cells to
delaminate at the lignin rich interface between cells.
When the surface lignin is degraded by the sunlight,
organic acids and other compounds are leached away
[1,2]. The fibers will more or less stay intact, the surface
gets rougher and the color of the wood surface changes
and become more bleached.
2.3 LEACHING OF EXTRACTIVES
Extractives will accumulate on the surface where they
oxidize and the color of the surface will become brown
[1,2]. In areas where the wood is unprotected from rain
the extractives will leach out and the brown color will
gradually disappear. In protected areas of the façade, the
brown color will remain longer.

3 INFLUENCING FACTORS
The shade and intensity of the grey color and the amount
of discoloring fungal growth will vary considerably due
to a range of influencing factors (Table 1).
Table 1: Influencing factors and their impact on discoloring
fungi on wood in-service [7-11]

Influencing factors
Exposure time
Wood substrate
Wood properties
Coating
Color
Manufacturing characteristics
Surface structure
Craftsmanship
Design
Cardinal direction
Climate (meso / macro)

Uncoated
+++
+++
+++
N/A
(++)
(+)
(++)
(++)
(+++)
++
++

Coated
+++
++*
+*
+++
+
++
(++)
(++)
++
++

+++=great impact, ++=moderate impact, +=impact, - =no
impact, ( ) =’expert’ opinion/inspections, *=depends on the
type/product of coating

Knowledge about the impact of the influencing factors
can be actively used to extend the aesthetical service life
of wood. It also offers predictability, and it can be
exploited in the process of creating façades and elements
that are in demand from architects, building owners and
end-users. Studying the influencing factors and
developing performance models regarding aesthetic
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service life allow us to identify the most important
factors contributing to discoloration of the wood surface.
3.1.1 Exposure time and surface finishing
The exposure time and surface finishing (i.e. coating
typology or coated/uncoated) will have a highly
significant effect on mould growth [7-11]. Assuming
favorable growth conditions, surface mould assessed
using a fixed rating scale will, as a function of time,
adapt a sigmoid curve. The shape of the curve and slope
coefficient that describe the degree of mould growth
were found to be strongly dependent on exposure time
and with distinct different growth phases [12]. Figure 2
shows a predicted and extrapolated mould growth curve
for Scots pine sapwood treated with two different paint
systems [13]. Similar growth curves were also found for
combinations of wood substrates and coatings in other
studies and for uncoated wood [9,11,13].

wood and Aspen wood were shown to have lower
resistance to mould growth than the other wood
substrates in the same study. Another study showed that
uncoated thermally modified pine and DMHDEU
modified pine resisted mould growth better than
acetylated pine and untreated pine, but had higher mould
rating than CCA and copper treated pine [10]. When
fully exposed in a fixed test set-up outdoors for a certain
time uncoated wood substrates will develop an even grey
color [19] (Figure 3).

Figure 3: Unpainted substrates exposed for 4 months (row 1
and 3) and 36 months (rom 2 and 4). Norway spruce
(NS_UNTR), scots pine (SP_UNTR), copper preservative
treated scots pine (SP_COP), metal-free preservative treated
scots pine (SP_MET), acetylate scots pine (SP_AC), heat
treated scots pine (SP_HT), furfurylated scots pine (SP_FU),
copper and oil treated scots pine (SP_OCOP) (Photo: Lone
Ross Gobakken)
Figure 2: Predicted and extrapolated mould ratings (solid
line) versus observed mould ratings (squares) for untreated
Scots pine sapwood (SPsapUNTR) coated with two different
paint systems (BAP and WSP) [13].

Coating typology (meaning waterborne vs. solvent borne
coating, stain/semi-opaque/opaque coating, type and
amount of fungicide) will greatly affect the growth of
surface mould greatly [14-16]. Several tests of
commercial available coatings clearly show that there is
a big difference in resistance to mould growth and
weather impact between the systems [16,17].
Biofinish is defined as a formation of a surface covering
layer of moulds, and an initial application of an oil is
required to achieve this [18]. In the process of biofinish
formation the aim is to attract and facilitate a massive,
even layer of mould growth, and this layer should serve
as a biocide free and self-healing finish system.
3.1.2 Wood substrate and wood properties
Wood substrate has an influence on mould growth, but
comparatively less than coating typology and exposure
time. When exposed outdoors, coated Siberian larch
heartwood, copper-organic preserved Scots pine and
Scots pine heartwood were shown to be less susceptible
to mould growth compared to other wood substrates, and
heartwood as wood type was less susceptible to mould
growth than a mix of sapwood and heartwood wood and
pure sapwood [13]. Furthermore, acetylated Scots pine

In a study performed on coated Norway spruce
claddings, outer boards had higher mould ratings than
inner boards (boards close to the pit) [20]. On the other
hand, neither origin, annual ring with, density nor knot
properties were found to have any significant effect on
mould growth.
3.1.3 Color
In a study with white-coated, red-coated and uncoated
spruce claddings, the red-coated claddings had generally
the lowest mould rating and the uncoated the highest
[11]. Higher surface temperature on darker colored
surfaces due to solar radiation and the chemical
composition due to the use of other pigments may cause
this effect. Dark colored mould will also visually be
more pronounced on light colored surfaces than darker
surfaces. Due to their chemical composition and
properties, uncoated darker colored wood (e.g. teak,
Western Red Cedar, oak) are more decay resistant than
light colored wood (e.g. spruce, aspen, pine sapwood)
[21], and the same properties can also make the surface
less susceptible to mould and blue stain fungi. In a
laboratory study Western Red Cedar and Oak had lower
mould ratings than beech and aspen [22].
3.1.4 Manufacturing characteristics
Processing of harvested logs into cladding boards and
façade elements offers several possibilities that also can
affect the weathering and the growth of mould and blue

WCTE 2016 e-book | 2840

stain fungi. The cutting pattern, grain orientation, board
selection, shape and dimension of the boards are some of
the characteristics that can have an effect [23].
Manufacturing characteristics such as grain orientation
and board selection were found to have limited effect on
mould growth in a study of coated spruce claddings [22].
3.1.5 Surface structure
There are indications that surface roughness and the
surface structure of a substrate will contribute to the
adhesion of fungal spores to the surface [24-27], and
thereby be decisive for growth of mould and blue stain
fungi. It is suggested that polymeric materials with rough
surfaces or surfaces with cracks may provide favorable
conditions for fungal attachment and growth due to
higher concentrations of nutrients and moisture, and that
this could also be the case for wooden materials [28]. In
a study by Gobakken et al. [27], model coatings with
various surface structures were applied on wood, and
after nearly 3 years of outdoor exposure the hard model
coating had highest mould rating and the soft mould
coating had lowest rating.
3.1.6 Relative humidity, temperature and cardinal
direction
Effects of relative humidity, precipitation and
temperature were tested in initial models to try to
estimate the effect on mould growth on outdoor exposed
samples [19]. Specific threshold values for relative
humidity and temperature were found significant and
kept in a final model. Simulations performed to predict
mould rating over wide ranges in of relative humidity
and temperature, indicated, as expected, that a general
increase in relative humidity, but also in temperature will
give more mould growth on coated and uncoated spruce
[7]. This indicates that a change to a more humid
climate, but also to a warmer climate may induce an
increase in surface mould growth on painted and
unpainted wooden claddings.
Cardinal direction will also affect the mould growth.
Comparing north and south, red-coated spruce claddings
had less mould growth against while white-coated spruce
claddings had less mould growth against north in a study
by Gobakken and Vestøl [11]. In a study with uncoated
acetylated southern yellow pine, the claddings exposed
against north tended to have higher mould ratings than
claddings exposed against south [8]. Surfaces facing
south will have more UV-degradation, more movement
in the wood (shrinkage and swelling). This can change
the surface of both coated and uncoated claddings and
make it both more or less susceptible for growth of
mould and blue stain fungi. However, claddings exposed
south will receive more sunlight and experience higher
surface temperature leading to shorter time-of-wetness
leading to less to fungal growth.
The influencing effect of design and craftsmanship are
exemplified under 6.2.

4 MODELLING AND SIMULATING
MOULD GROWTH
Predicting performance may encompass multiple goals,
including development of a better understanding of
weathering and mould growth processes, as well as
serving as input data for a simulation platform where the
predicted visual expression of wooden façade can be
formed. Several mould growth models exist where some
are based on stable climate conditions [4,5,29-32] while
others use ambient climatic parameters [19,33].
Mould growth and weathering processes are determined
by the surface condition of the wood. Thiis et al. [34-36]
have shown that the spatial variation of climate on a
façade is very large and that estimation of mould growth
on outdoor exposed wood should be based on the actual
surface climate rather than data from a standard
meteorological station. The visual appearance of wooden
façades is also very affected by solar radiation, in
particular in the UV wavelengths. By combining a set of
models to simulate the micro climate for a wooden
façade, Thiis et al. [34-36] suggested a way of
simulating the mould growth evolving after a certain
time. The mould resistance design model (MRD-model)
propose by Thelanderson and Isaksson [33] was used to
model the response in mould growth from rating 0 (=no
mould growth) to rating 4 (=heavy growth over more or
less the entire surface). Figure 4 indicates the visual
appearance of the object in real life.

Figure 4: The actual visual appearance of the façade.

The micro climate was modeled and simulated by
combining models for surface temperature (including
heat flux, thermal resistance, heat capacity, solar
radiation), surface moisture and wind driven rain
together with ray tracing [36]. The simulation was run
for an hourly time step for 8770 hours on a test object
(the southern façade of Ås videregående skole, Ås,
Norway), and Figure 5 shows the simulated annual mean
solar radiation and annual mean temperature.
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5 WEATHERING AS A DESIGN
OPTION
5.1 DESIGN AND END-USER PREFERANCES
In a recent study by Høibø et al [37] it was shown that
young adults in the Oslo area (Norway) who had strong
environmental values, and low concerns about durability
had greater preference for painted, stained or untreated
wood than other cladding materials. On the other hand,
older people with less environmental concerns, but
higher concerns about durability, preferred wood less,
and stone and brick most. Wood-based products will
probably benefit from greater environmental awareness
within the society as the consumers will search for
environmentally friendly building products. Regarding
the aesthetical aspect of a wooden surface, surveys
among end-users have shown that both in wooden indoor
panels and in outdoor wooden facades homogenous
wooden surfaces are more preferred than heterogeneous
surfaces, described by knot distributions [38,39].

Figure 5: Annual mean of solar radiation on the façade
(above) and annual mean of temperature on the façade
(below). The light blue areas are the windows in the façade.

Figure 6 shows the annual mean RH and annual mean of
mould rating.

Since an even grey color on the whole wooden façade
often is looked upon as ideal, several approaches and
studies target this. Examples are application of iron
sulphur solution to the wood surface, establishing a
biofinish that gives an even and solid grey/black color
[18,40] and furfurylated cladding and decking promoted
by Kebony® to hold a ‘natural silver-grey patina’.
5.2 CASE STUDIES
The design, the construction system, the level of
craftsmanship and the detailing will affect how a façade
will weather. In the following case studies, we will
exemplify some of these influencing factors and show
how the visual expression of wooden facades will appear
over time.
5.2.1 Borgund visitor center, Borgund, Norway
Borgund visitor center was built in 2005 and the façade
is in unpainted and untreated pine heartwood (Figure 7).

Figure 7: Borgund visitor center in 2005, unpainted and
untreated pine heartwood as façade material. (Photo:
kleivensogn.no)
Figure 6: Annual mean of RH on the façade (above) and
annual mean of mould rating on the façade (below). The light
blue areas are the windows in the façade.

After 7 years, the cladding has a relatively even and
weathered grey color in all exposed areas (Figure 8). A
carefully selected design that actively uses details like
shifts in the claddings and covered areas of the façade
give areas with a light brown color. These details give
life and movement to an otherwise more monotone
façade, and thereby emphasis the character of the
building and mimic the mountains in the surroundings.
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The angling of the façade and the copper windowsills are
details that give the façade a very distinct visual
appearance and this is exceedingly amplified 4 years
after installation (Figure 11).

Figure 8: Borgund visitor center in 2012, unpainted and
untreated pine heartwood as façade material. (Photo: Lone
Ross Gobakken)

5.2.2 Svartlamoen residential building, Trondheim,
Norway
Svartlamoen residential building was built in 2004 in
cross-laminated timber with uncoated and untreated pine
heartwood as facade material. Already in 2005, distinct
differences in the color of the façade were observed
(Figure 9 and 10). The angled façade in the upper floors
is more exposed and have a more weathered grey color.
The windowsills are made of copper and water leaching
from the sills will add small amounts of copper (acting
as a fungicide) to the wood surface below, and thereby
reduce the growth of moulds and blue stain fungi.

Figure 11: Svartlamoen residential building in 2009. (Photo:
underskog.no)

The heterogeneous mix of light and dark areas in this
façade can be interpreted as not planned since the
disordered color pattern also accentuated less favorable
aspects of the details and the design used for this
building.
5.2.3 Utveien, Ås, Norway
A student residence building had extensive growth of
mould and blue stain fungi on the façade made out of
coated spruce cladding. The house was built in 1958 and
has been painted with solvent borne alkyd paint. Less
mould growth was noticeable in areas in front of studs
and timber works (Figure 12 and 14). Images made by a
thermograph camera show the differences in the surface
temperature of the cladding (Figure 13 and 15) [41].

Figure 9: Svartlamoen residential building, 2005. (Photo:
Lone Ross Gobakken)

Figure 12: Mould growth on the east wall of a student
residence house in Ås, Norway. (Photo: Precision Technic
Nordic)

Figure 10: Svartlamoen residential building, 2005. (Photo:
Lone Ross Gobakken)
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6 CONCLUSIONS
Architects, end-users, entrepreneurs and building owners
seek information on how wooden material will perform
in a facade application. This includes not only the
technical or functional service life, but also the
aesthetical appearance over time. This work summarizes
effects of factors influencing weathering and growth of
wood discoloring fungi, and further indicates the
possibilities weathering and discoloring fungi hold as a
design element.
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A ro os d ro a ilisti as d d si n m thodolo y or r di tin mould
o urr n in tim r a ad s
Klodian Grad i1, Nathali La onnot 2, B rit Tim 3, Jo h n K hl r4
ABSTRACT: Predicting mould occurrence in timber buildings during early-stage design is important for the prevention
of social problems and financial loss, and to ensure a healthy and comfortable interior environment. Uncertainties in
predicting mould occurrence are two-fold; a) those related to representation of the biological activity involved, and b)
those related to representations of climate exposure. This paper proposes a probability-based design methodology for
predicting mould occurrence, supported by an application study. The outdoor climate exposure is represented by simulated
time series. Mould germination criteria are not considered as threshold values as in traditional approaches. Instead, the
biohygrothermal model is considered to provide a more reliable assessment of the conditions under which mould occurs.
This paper proposes an innovative method to facilitate the optimisation of façade construction design by integrating the
variability of parameters.
KEYWORDS: Mould, Wufi-Bio, Probability, Monte Carlo, Time Series

1 INTRODUCTION
1.1 STATE OF THE ART 123
Mould is one of the problems associated with excessive
moisture accumulation in timber façades construction,
which can result in financial loss and unfavourable social
problems such as discomfort and health risks [1, 2].
Probabilistic-based design approaches have the potential
to support decision-making processes and to improve
timber constructions by reliably preventing damage
caused by moisture.
During the last two decades, there have been advances in
the development of probabilistic-based design approaches
to assess mould growth risk. Among the first to use this
approach was Geving [3] who evaluated the mould
growth risk of a wooden frame wall without a vapour
barrier using critical relative humidity for mould growth
measured as a function of simulated weekly average
relative humidity and the corresponding temperature as
performance criteria. Weather scenarios representative for
severe moisture loads were used for moisture design
calculations, while the indoor air temperatures were kept
constant. The Monte-Carlo simulation method was
applied to find the distribution of the environmental load,
while the hygrothermal conditions of the wall were
calculated using the coupled heat, air and moisture
transport program 1D-HAM. Hagentoft [4] presented a
probabilistic model for the attic mould risk using mould
growth potential, estimated as the ratio of the relative
humidity and the critical relative humidity (RH)
according to a so-called VTT-model [5]. The probability
density function for mould growth potential was modelled
1
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using the Monte Carlo method (up to 500 simulations),
while simplified deterministic models were used for heat
and moisture transfer based on hourly-based weather data
accumulated over 30 years. Subsequently, the same
methodology was applied for the mould risk assessment
of attic design solutions [6]. In [7] the mould growth of an
old retrofitted cavity wall was assessed using the isopleths
from the biohygrothermal model [8]. Monte Carlo and
Latin Hypercube technique were used to model the
stochastic variables (105 samples). Heat and moisture
transfer were calculated using the finite element code
HAMFEM on the basis of weather data from a specified
reference year. Pallin [9] evaluated mould germination
risk for a retrofitted external wall. Three variable input
parameters were sampled using the Monte Carlo method
(500 simulations). Outdoor climate data consisted of
hourly-based data acquired over a period of 44 years, and
indoor moisture production and ventilation rates were
based on plausible scenarios and measurements.
Performance was evaluated using the VTT mould index
while the failure criterion at the threshold value RH=80%.
The one dimensional simulation model for heat and mass
transport was created in HAM-tools and developed in
Simulink. In [10] a time-dependent probabilistic approach
was applied to assess the mould growth potential of a
concrete external wall evaluated by the TOW concept
[11]. Monte Carlo and Latin Hypercube technique were
used to sample the stochastic variables. The outdoor
climate data consisted of hourly records accumulated over
13 years, while the interior climate was calculated based
on indoor air temperatures and RH values resulting from
the coupled effect of inhabitant’s behaviour, the
3
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hygroscopic properties of indoor surfaces and outdoor
climate conditions. The probability of mould germination
on the internal surfaces of different types of attic floor
constructions was assessed in [12]. A first-order reliability
method (FORM) was used as a tool to provide a
probabilistic approximation. Hourly values of climatic
data measured over a six-month period were used, while
internal parameters were kept constant. Mould occurrence
was defined based on the surface relative humidity
normally distributed for three temperature intervals
exceeding the VTT Mould Index 1 [5]. The hygrothermal
performance was simulated using HAM tools.

remain the subject of some discussion [13]. For this
reason, this paper uses parametric studies to investigate
three different configurations in which the materials
representing the wind and vapour barrier constitute the
variables. The reference cross-section of the timber façade
construction is presented in Figure 1 and the material
properties in Table 1. The first façade cross-section uses
a PE foil as vapour barrier, while the second and third use
an OSB board. These studies are referred as CS-1, CS-2
and CS-3 respectively.

1.2 AIMS OF THE STUDY
Challenging research issues that remain when assessing
the performance of wooden façades in relation to mould
occurrence include the representation of temporal and
spatial variability in weather conditions, and a realistic
representation of mould development. Performance
criteria represented by a single threshold value
underestimate the complexity and uncertainty of mould
phenomena. More realistic representations, in the form of
mathematical models that consider crucial factors in
mould germination such as relative humidity,
temperature, time and nutrients should be used instead.
Outdoor climate is an important parameter influencing
façade performance and is stochastic in nature. In order to
consider the uncertainties related to a given façade’s
outdoor exposure, probabilistic models are calibrated
using historical data. Moreover, several simulations are
required to represent multiple parameter variability. This
process may be considered impractical, cumbersome and
time-consuming, especially when traditional HAM tools
are used to run manual simulations.
This paper proposes a new probabilistic-based design
approach that overcomes the aforementioned issues and
identifies mould as a potential failure mode of timber
façades. The approach is applied here to evaluate mould
growth in a timber façade construction. The following
challenges are addressed:
- Simulation of realisations of weather data
(temperature and relative humidity) as a basis for
adequate Monte Carlo analysis that provides realistic
results
- Development of an accurate approach to mould
occurrence prediction. A mould model that considers
the crucial factors that affect germination and growth
is chosen to evaluate construction performance.
- Integration of all necessary steps within a userfriendly process that enables efficient and practical
probabilistic analyses.

2 MATERIALS AND METHODS
2.1 MATERIALS AND CONSTRUCTION
In general, the construction of timber façades includes a
vapour barrier located towards the warm side of the
construction and a wind barrier towards the cold side.
During recent years, there has been increasing interest in
the use of OSB (Oriented Strand Board) vapour retarders
instead of traditional PE foils, even though issues
concerning water vapour resistance and air-tightness

Figure 1

im er a a e cross-section

Table 1:

aterial properties o the a a e cross-section

Material
Spruce cladding
Air Cavity
Wind barrier
Wood stud
Insulation
Vapour barrier
Battens
Insulation
Gypsum board

d
λ
µ
ρ
c
Ф
mm W/mK - kg/m³ J/kgK m³/m³
22
0.09 130 455 1500 0.73
25
sd1 = 0.1; sd2 = 0,015; sd3 = 0,2 [-m]
25
0.09 130 455 1500 0.73
160 0.035 1.0
21
840
0.95
sd1 = 23; sd2 = 2,5; sd3 = 2,5 [-m]
40
40
0.035
1
21
840
0.95
13
0.2
8.3 850
850
0.65

2.2 PROPOSED PROBABILISTIC BASED
DESIGN METHODOLOGY
2.2.1 Pro a ilisti analysis
The performance assessment process employed as part of
this probabilistic-based design approach consists of the
following steps:
- election o the ailure per ormance criterion
The first step is the identification of a façade construction
damage mechanism based on our economic, social and
structural criteria. In this study, mould growth is selected
as the failure criterion.
- enti ication o in luencing parameters
Following identification of the damage mechanism, a
fault tree analysis and a clear and concise cause-and-effect
investigation can be developed from which all influencing
factors are selected. In the case of mould germination,
these factors include relative humidity, temperature, time
and nutrients. In turn, the input parameters affecting these
factors include exterior weather conditions, indoor
climate, as well as the material properties and geometry
of the façade construction.
e elopment o pro a ilistic mo els or input
parameters supporte y sensiti ity analysis
The Monte Carlo method is an alternative to sample the
varying influential parameters input to the simulation
model. In order to rationalise computational resources, a
metamodel may be incorporated.
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aluation o output an the ecision-making process
The results support the decision-making process. If, the
probability of failure is higher than expected, based on the
results from the sensitivity analysis, it may be possible to
determine which construction parameters can be changed
to effectively reduce failure occurrence.
2.2.2 Mod l r r s ntation o
ath r
h nom na
One of the most important factors for the façade
constructions performance is its exposure; the outdoor
weather and the indoor climate, with the latter affected
from the former and the use of inner space. The
conventional method (deterministic method) of assessing
the façade performance make use of historical time series
of weather data for a specific or several climate exposures.
The deterministic approach may give a rough comparison
of the façade performance under different climate
locations. Generally, the MDRY (Moisture Design
Reference Year) may be applied. However, such
comparisons are constructed based on a single overall
combination of different parameters (including
temperature and humidity) from this specific design
reference year. As a result, it fails fully to identify the
influence of one or several parameters related to a specific
climate exposure. A further serious drawback of
specifying an MDRY for a certain location is that different
constructions exhibit different levels of performance in
response to different types of climates [14], consequently
using a MDRY might be limited to some types of
constructions. On the other hand, use of average weather
values may lead to incorrect moisture data for the
construction in question [14]. When assessing a façade
construction in relation to mould occurrence, it is
demonstrated that uncertainties originating from climate
variability from year to year and from location to location
is significant [15].
The type of failure mode that might occur in a façade
construction are based on the time duration and interval
of several parameters. Most bio-deterioration failure
events result from complex biological phenomena and
occur only when certain conditions are met. These
conditions are rarely based only on one parameter, rather
on the realisation of the combined influence of several
parameters in combination that define the limit between
“safe” and “unsafe” region. For example, mould growth
is influenced by both temperature and relative humidity,
combined with these factors’ respective temporal
sequences and interrelations. A given year, such as an
MDRY, may include worst case scenario conditions for
humidity, but may lack mould growth scenarios that are
mostly dependent on temperature. Thus, the use of a
specific year as a basis for façade construction assessment
might not provide all plausible scenarios favourable for
mould growth. Additionally, the use of a single year’s
climate exposure data is considered too short to provide
realistic results, especially when the failure mode is
modelled as non-declining biological activity as is the
case for mould growth in the biohygrothermal model [16].
The use of single-year weather data as input for
construction assessment will make the results highly
sensitive to the initial time of the climate series, which is

also a stochastic variable. Moreover, if several additive
MDRYs are used in such cases, results are likely to be
conservative and not suited to support a risk-based
decision process.
The aforementioned reasons confirm the need to use a
different approach when assessing façade construction
performance, which is highly influenced by outdoor
weather exposure. The methodology presented in this
paper proposes the simulation of weather conditions using
a time series analysis according to the so-called
autoregressive–moving-average models as presented in
[17]. Several authors have used this approach, such as in
global warming forecasting [18] and weather pricing
derivative applications [19]. The use of the
autoregressive–moving-average time series provides the
opportunity to identify a mathematical expression that
generates possible historical patterns in a time series
containing plausible sequences, frequencies and
correlations. In order to improve probabilistic modelling,
a large number of simulations are preferred. This ensures
that varying climatic influences are taken fully into
account. The innovative use of time series in this study is
also motivated by their ability to accommodate a large
number of simulations that help exploiting the influence
of each parameter during sensitivity analyses.
Long-term measurements of exposed exterior wall
assemblies were performed by Vihna [20], who concluded
that solar radiation and driving rain do not increase the
average humidity (by volume) of the ventilation gap in
relation to outdoor air. Sudiyani [21] arrived at similar
results. Since mould growth is mainly influenced by the
latter, this paper uses only hourly-based temperature and
relative humidity as input parameters representing
outdoor exposure conditions. In worst-case scenarios, this
methodology can be applied to sheltered constructions or
in climates where solar radiation and wind-driven rain
(WDR) do not have a significant influence on results.
The influence of wind-driven rain and solar radiation was
studied for the ventilated façade construction presented in
this paper. The relative humidity of the insulation layer is
computed for two scenarios, the first considering only
relative humidity and solar radiation, and the other in
which all weather parameters are considered. Based on
such data from the Blindern station in Oslo, the influence
of wind-driven rain and solar radiation was found to be
insignificant. In the case of Oslo climate conditions, it was
found that this influence is insignificant even when a
moisture source with 1% of WDR is mounted on the
exterior part of the insulation [22].
2.2.3 Failur rit rion
In this paper, the biohygrothermal model is used to predict
the occurrence and growth of mould on a façade (Figure
1). This model predicts mould fungi activity based on
temperature, relative humidity, substrate, and exposure
time [8, 16]. It combines two predictive models; an
isopleth model that determines germination time for
spores and mycelium growth rate, and a transient
biohygrothermal model that considers the influence of
varying conditions. To account for the influence of the
substrate, four substrate categories were identified and
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biodegradable building materials are assigned substrate
group I.
The generalised isopleth systems for spore germination
and mycelium growth for all relevant mould species that
may occur in buildings are presented in Figure 2. In order
to prevent mould formation, the basic principle of this
model assumes a possible worst-case scenario. The
Lowest Isopleth Model (LIM) curves for each substrate
group were used to represent possible minimum
requirements for mould germination. Each isopleth takes
into account different building materials as a function of
optimal culture media [16].

The computational procedure is based on comparing the
water content of the spores under transient climatic
conditions with current critical water content. The entire
procedure is presented schematically in Figure 4. The
biohygrothermal model ignores the difference between
germination and growth critical water content and uses the
latter parameter as a general criterion for the onset of
germination as well as growth. Total growth is expressed
in mm (the radius of a mould blotch).

Figure 2: eneralise isopleth systems or spore germination
top an mycelium gro th ottom

Mycelial growth for each of the isopleths is given in
mm/d, which is also the unit of measurement used in this
model. The biohygrothermal model is based on the
principle that fungal spores use osmotic potential to
absorb water vapour from their immediate environment,
thus making it possible to calculate humidity within a
spore under transient boundary conditions and enabling
any interim drying out to be considered [16]. The latter is
described mathematically by moisture retention curves
derived with slight modification from the moisture
retention curves of bacteria spores. When the critical
water content value taken from the LIM and moisture
retention curve values are achieved within the spore,
spore germination is considered to be completed and the
mould will start growing. By adjusting the vapour
permeability of the spore septum so that germination time
coincides with the biohygrothermal model, and by slightly
raising the retention curve in the upper humidity range, it
is possible to achieve a material property representation
of a model spore. This concept and the relationships
between the aforementioned parameters are shown in
Figure 3.

Figure 4:

schematic o the iohygrothermal mo el

The standard process of façade performance assessment
results in three categories or “states” depending on the
amount of mould growth (see Table 2).
Table 2: ssessment o moul gro th risk an the se erity o
in estation i any accor ing to
Mould ro th
MG mm y ar
MG < 50
50 ≤ MG < 200
200 ≤ MG

Usually acceptable
Additional criteria or investigations
required to assess acceptability
Usually not acceptable

2.2.4 Pro a ility o ailur
In structural reliability applications, failure is defined
when the difference between the capacity and demand for
a given limit state is negative, according to the following
condition:
C

Figure 3: e elopment o the iohygrothermal mo el

Stat

0

(1)

where C is the capacity term and is the demand term.
In our case study, demand is expressed as the predicted
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mould growth for each simulation, while capacity is
expressed according to the criteria set out in Table 2. The
demand term is sampled using the Monte Carlo method.
After N simulations have been conducted, the
approximate probability of failure is given by the
following equation:
(2)



where

is the number of trials during which

 0.

2.2. Int rat d ro ss
The entire probabilistic-based design approach is
implemented in the form of a seamless and integrated
parametric workflow by means of efficiently combining
the Matlab [24], Python [25] and xml codes. A schematic
workflow is presented in Figure 5. Seamless workflow
enables us efficiently to convert the variability of the input
parameters into a probabilistic representation of the
output.

isopleth representing the building materials, and an initial
relative humidity of 70%. Since a relative humidity of
80% immediately provides favourable conditions for
mould growth, the initial value selected for this study is
70%. Three-year hourly-based records of simulated
outdoor weather data (300 simulations).

3 RESULTS AND DISCUSSION
3.1 MATHEMATICAL REPRESENTATION OF
WEATHER DATA
Input to the model consisted of a set of hourly-based
temperature and absolute humidity data measured over a
period of 10 consecutive years (01.10.2004 to
30.09.2014) at the Blindern Station in Oslo (eKlima,
2014). Absolute humidity data were later converted to
relative humidity values. The time series are firstly
computed for temperature. Since relative humidity does
not exhibit clear seasonality, absolute humidity
simulations (which do exhibit seasonality) are computed.
They are then transformed into relative humidity taking
into account the coupled effect of the simulated
temperatures. Three-year climate series are considered
sufficiently long to provide a realistic analytical basis for
mould growth and a representation of the variability that
may cause the initial simulation date/period.
Several steps are required to compute weather data
simulations. Firstly, a mean temperature for 10
consecutive years (6.963oC) is calculated and then
removed from the time series. A double sine model is
fitted to the remaining data as directed by the physical
nature of the weather data and seasonality as follows:
(3)
s easonal (t )  1  sin( y1  t  1 )  2  sin( y2  t  2 )
where t is the time [in hours], and , y ,
are the
calculated parameters shown in Table 3.
Table 3: arameters inclu e in the ou le sine mo el
Parameters

Figure 5: chematic seamless an integrate

ork lo

2.3 SIMULATION SET UP
The heat and moisture simulations are performed using
the hygrothermal building simulation software WUFI®
[26]. This model calculates the temperature and relative
humidity in the building components, as developed by
Fraunhofer IBP and validated by numerous research
studies. The initial conditions are set at RH=80% and
T=20oC. The indoor climate used in this study is
represented by a sine wave derived from a single year
period representing medium moisture load according to
WUFI. The mean air temperature is 21oC with an
amplitude of 1oC, while the mean air relative humidity is
50% with an amplitude of 10%. The initial
biohygrothermal model conditions are set to LIM I for the

1

Value
10.48

10.44

Bounds

y1

0.01723

0.01723

0.01724

1

-23.50

-25.64

-21.37

2

2.27

2.24

2.306

10.51

y2

6.28

6.28

6.283

2

-1107.00

-1116.00

-1097

The seasonality expressed using the double sine model is
removed from the times series and the residuals are
studied. The autocorrelation and partial autocorrelation
factors of the residuals are examined to check the
randomness of the residuals. An auto-regressive model
involving the first 94 seasonal lags, representing a
correlation for the first four days, is used to model the
residuals which are then retrieved from the series. Some
of the most influencing lag coefficients are presented in
Table 4. The second residuals series are calculated and
their autocorrelation function is computed (Figure 6). The
results show that the second residuals are uncorrelated,
meaning that they can be modelled independently using a
t-location-scale distribution.
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Table 4: ag coe icients an con i ence inter als
Lag no.
1
2
3
4
5
22
23
24
25
26

Coefficient
1.2051
-0.1442
-0.073
-0.0306
-0.0072
0.0186
0.0219
0.0526
-0.0746
-0.0221

Confidence interval
1.1988
1.2114
-0.1541
-0.1343
-0.083
-0.0631
-0.0405
-0.0206
-0.0172
0.0027
0.0087
0.0286
0.0119
0.0318
0.0427
0.0626
-0.0845
-0.0647
-0.032
-0.0121

based on the biohygrothermal model. It has been validated
in many applications [27]. However, the model makes
some conservative assumptions that result in overprediction of the extent of mould growth [23]. The
biohygrothermal model allows continuous mould growth
in favourable conditions and exhibits zero growth in
unfavourable conditions. Consequently, mould blotch
diameter continues to increase when conditions are
favourable. The evaluation period in WUFI is set to one
year, corresponding to a severe outdoor climate. The
acceptable mould growth criterion of 50mm/year may be
based on the same traditional principles used to analyse
façade performance under unfortunate climate conditions.
If this limiting value is converted to a three-year
assessment period, it corresponds to growth of 150
mm/3years. However, the acceptability of this value
might be considered questionable, especially when the
evaluation period is increased even further, implying the
addition of 50 mm of acceptable mould growth for any
additional year.
3.3 ADVANTAGES OF THE INTEGRATED
APPROACH

Figure 6: econ resi uals an their partial autocorrelation
actor

Finally, the time series model is constructed by
assembling the following quantities; a) a constant value
(the mean hourly data), b) the seasonal component (a
second order sine model), c) the regression parameters
and autocorrelation lags (to simulate the relationship
between subsequent and preceding data) and d) the
residuals probability distribution (represented by residual
data which are identically independent and randomly
distributed – ii data).

 t   Const t  

eas  t  

 autoc, regres   ii

(4)

The Pearson correlation coefficient is computed for each
simulation with the historical measurement, and the
results vary from 0.76 to 0.84. This shows good
agreement with the measured data and opens the
possibility of accommodating the variability of the
climate exposure data. A random simulation has been
selected and is presented in Figure 7.

Figure 7: imulate an measure temperature ata

3.2 FAILURE CRITERION
The mould growth assessment criteria presented in 2.2.3
are based on WUFI-Bio recommendations [23]. WUFIBio is a plug-in supplementary software to WUFI and is

The integrated approach is an efficient and practical tool
for performing uncertainty and sensitivity analyses.
Although the combination of WUFI software with the
biohygrothermal model can be achieved using the
commercially available add-on WUFI-Bio, there are
constraints regarding both the extent of the calculation
and the calculation process itself. Among other things,
this means that sensitivity analyses that require a large
number of calculations would also require the same large
number of manual operations for the following steps:
- implementation of a given climate file
- authorisation of WUFI software to perform the
calculation
- opening the results into WUFI-Bio
- copying the results of WUFI-Bio into another
independent file for further post-processing.
This procedure becomes increasingly impractical when
the variation of material properties and geometry are
considered in the probabilistic assessment. Moreover, the
evaluation period is only one year and the model assesses
mould growth only for interior surfaces. In the façade
configurations used in this study, the most favourable
conditions for mould growth are met within the façade
construction.
In contrast, the integrated approach presented in this study
enables efficient parametrisation and systematic changes
to the input variables. The key benefits include:
- an ability to assess mould growth for each specific
layer, and not just the configuration’s inner layer
- practical usability and an opportunity to reduce large
volumes of manual work
- an ability automatically to produce a vast amount of
simulations as a basis for accurate probabilistic
analysis
- an ability to change the input parameters (façade
construction properties and geometries, inner climate
and outdoor weather conditions) and performance
criteria as a basis for performing influence studies.
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3.4 MOULD OCCURRENCE IN THE
REFERENCE CASE STUDY CS 1
Since the temperature and relative humidity conditions in
the insulation layer offer favourable conditions for mould
germination and growth, mould occurrence in this layer
has been investigated for the reference case study. Good
agreement is observed when the results from the
integrated process are compared with manually-derived
WUFI-Bio results. Calculations for 300 different weather
data series, generated by the time series analysis as
described in section 3.1, are performed automatically as
part of the integrated approach. The results showing the
probability of an event involving mould growth exceeding
50, 100 or 150 mm during the three years are given in
Table 5. The mould growth results are shown when the
number of samples progressively increases from 50 to
300. Convergence is achieved when the number of
samples equals 200.

50
100
150
200
250
300

Mould Gro th mm
50
100
0,0678
0,7582
0,0476
0,7679
0,0369
0,7381
0,0865
0,7200
0,0863
0,7158
0,0755
0,7149

150
0,9763
0,9837
0,9801
0,9574
0,9556
0,9591

The probability plot and cumulative probability
distribution plot of mould growth potential for the façade
reference case (CS-1) are presented in Figure 8 and Figure
9 respectively. A log-normal distribution is fitted to the
300 samples taken from the three-year data simulations.
As expected, the results reveal that based on mould
growth results, the weather data (outside air temperature
and air relative humidity – which are regarded as the
stochastic variables in this study), have a strong influence
on the mould growth potential of the building façade.
0.999
0.995
0.99
0.95
0.9
0.75
0.5
0.25
0.1
0.05
0.01
0.005
0.001
0.0001

0,7149

300 Samples
Lognormal Fit

0,0755
50

100
Mould Growth

150

Figure 9: Cumulati e pro a ility istri ution o moul gro th
potential or C og-normal istri ution itte to
samples

3.

PARAMETRIC ANALYSIS OF THE FA ADE
CROSS SECTIONS

Table 6 displays the values and Figure 10 the cumulative
probability plot for mould growth taken from the three
case studies discussed in section 2.2. In each case, a lognormal distribution curve is fitted to 200 samples. Results
show that the reference construction, using a PE foil (CS1) displays the lowest probability of failure, while the
construction CS-3 displays the highest. This result is
much as expected since the ratio of the “sd- value”
between the vapour and wind barriers decreases
progressively from the first to the last case. As the results
indicate, the differences between the probabilities for the
event ‘mould growth is less than 100mm’ between the
three types of construction are high. However, the
difference between the probabilities is diminished for the
event ‘mould growth is less than 150 mm’ for the first two
cases. Therefore, when the mould growth limiting value
is set at 150 mm, it can be stated that the CS-1 and CS-2
cases deliver the same performance, with CS-1 slightly
better.
Table 6: he pro a ility o not e cee ing a gi en moul gro th
le el Comparison o the three case stu ies
MG mm
50
100
150

CS 1 PE Foil
0.086
0.720
0.957

CS 2 OSB 1
0.038
0.640
0.945

CS 3 OSB 2
0.037
0.443
0.794

Probability

0,945

Case Reference
Lognormal Fit
Mould Growth [mm]

10

0,794
0,72
0,64

og-

CS 1 - PE Foil
CS 2 - OSB 1
CS 3 - OSB 2

0,443

0,086
0,037

2

Figure 8: ro a ility plot o moul gro th potential
normal istri ution itte to
samples

Cumulative Probability

Num r o
Sam l s

Table 5: he pro a ility o not e cee ing a gi en moul gro th
le el uring three years or C he num er o samples
increases progressi ely rom
to

Cumulative probability

0.9591

50

100
Mould Growth [mm]

150

200

Figure 10: Cumulati e pro a ility istri ution o moul gro th
potential or three case stu ies og-normal istri ution itte to
samples

4 CONCLUSIONS
Uncertainties in predicting mould occurrence are twofold; a) those related to representation of the biological
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activity involved, and b) those related to representations
of climate exposure. The development of a probabilisticbased design approach offers the potential to treat these
uncertainties when predicting mould occurrence as a
failure mechanism. This paper proposes a probabilisticbased methodology that treats the uncertainties of the
significant parameters involved in façade design.
The scope of this paper was designed to demonstrate the
methodology and the benefits of its application. Mould
was selected as a failure criterion in this case. However,
other failure modes may also be the subject of further
study. It is expected that this new approach will become
an important tool in the investigation of construction
performance and the overall influence of façade
construction properties, geometry, details and the climate
exposure. This new approach will be further developed in
order to support decision-making processes during the
evaluation or optimisation of innovative timber façade
constructions.
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PREFABRICATED CLT FA ADE SYSTEMS FOR FAST TRACK
CONSTRUCTION AND UALITY ASSURANCE
Eu nia Gas arri1, Gior io Giunta2, Enri o S r io Ma u h lli3, An lo Lu hini4

ABSTRACT: prefabrication of timber envelope components is a constantly developing research field, which attracts
interest from various sectors of expertise thanks to the conspicuous advantages it can confer in terms of resources
savings, as well as quality management and safety for all actors involved in the process.
The present paper goes through the design of a newly conceived external wall system for tall CLT buildings, entirely
preassembled off-site and so able to be installed on his final position via crane, renouncing to scaffolds for the façade
completion. This not only allows for the construction phase to speed up but also for immediate protection of loadbearing timber elements from weather agents exposure. The work follows three main phases: the functional analysis and
layer definition, component design through bi-dimensional study of joint operating mechanism and tri-dimensional
validation of the system. Main author findings outline how success of prefabricated systems and their durability over
service life is strongly dependent on the effectiveness of joint design.
KEYWORDS: CLT constructions, load-bearing façade system, design process, technical details, off-site prefabrication

1 INTRODUCTION 123
In the recent years, cross-laminated timber (CLT) has
been gradually spreading across the market as a valid
technology to be used for the realization of multi-story
buildings [1]. This is due to the advantages it offers from
very different points of view, such as structural
performance, seismic behaviour, environmentally related
benefit (CO2 storage) and on-site time savings [2].
Anyway, this latter involves only the realization of the
structure, while the completion of the envelope requires
a much longer phase [3].
In fact, envelope extensive prefabrication can represent a
significant opportunity for CLT constructions, especially
for tall buildings where longer construction times can
lead to the risk of incurring in unfavourable weather
conditions. This is an issue of outmost importance, in the
case of timber construction elements, for two main
reasons:
 weather changes can strongly affect the overall onsite process quality leading to double site work delay,
related to the actual physical phenomena that can
cause work interruption and also due to the need for
1

Eugenia Gasparri, Politecnico di Milano, Italy,
eugenia.gasparri@polimi.it
2
Giorgio Giunta, freelance architect, Italy,
giorgio.giunta@me.com
3 Enrico Sergio Mazzucchelli, Politecnico di Milano, Italy,
enrico.mazzucchelli@polimi.it
4
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timber components drying. In addition, engineered
wood products require longer times to dry [4];
 adverse weather conditions during construction can
affect the building service life as well as causing
problems related to incorrect humidity levels, such as
mould. In addition, moisture content variation can
also cause swelling and shrinkage of wood, which
represent a major critical issue in the case of tall
wood buildings [5].

Figure 1: a a e element pre a rication in the pro uction
actory ource
in erhol at

An additional strength in favour of an extensive use of
prefabrication is the fact that most of weather sheltering
devices commonly integrated in construction sites are
not able to guarantee adequate protection to building
components. Also, if temporary roofing structures are
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applied, they may be effective but this advantage is
counterbalanced by long realization time and high cost
[6]. Despite timber frame technologies have already a
tradition related to off-site preassembly of components,
both in the case of infill or structural elements for small
buildings, the field of load-bearing elements
prefabrication for tall buildings is way more complex
and rather unexplored so far.

Within the frame of this paper, structural concerns
deriving from the presence of a CLT support layer are
not described in detail, as they fall out of the scope [7,8].
Only building physics control functions affecting
significantly system definition will be detailed, such as:
 waterproofing;
 air flow control;
 insulation.

1.1 AIM AND SCOPE

2.1 CROSS SECTION DEFINITION

The research work presented in this paper deals with the
design of Prefabricated External Wall (
) systems
based on load-bearing supporting CLT technology that
are suitable for tall buildings and allow for fast-track
construction and quality assurance [7]. Prefabrication
degree has to be intended as the maximum possible one,
that is to say including all the functional layers located
on the outer face of supporting structure, such as
insulation, tightness membranes and external cladding.
This is necessary to avoid any work from outside but
allowing to operate from the inside of the building in dry
conditions. Within the frame of this research, tall
building definition applies to more than eight story high
constructions, when scaffold installation becomes quite
an issue both from a structural and safety point of view
(see Figure 2).

The first barrier against water encountered from the
exterior is the so called ater-she ing sur ace (WSS)
[9]. This is the outer surface of a wall assembly, whose
task is to deflect and drain the majority of water
impacting the façade plan. It can be designed in two
different manners: either it can be installed in continuity
with interior layers or including an air gap between
cladding and the rest of the wall assembly. For the
proposed solution, ventilated rainscreen has been
considered the most appropriate solution to prevent
external wall assembly surface from wetting and at the
same time allow for higher flexibility under the
architectural point of view. This last concept might also
allow for better integration of joint horizontal and
vertical gaps occurring at the interface of façade
prefabricated elements, thanks to the possibility to
arrange cladding element distribution, spacing and
orientation.
The second protection plan against water penetration is
the ater-resisti e arrier (WRB) [9]. This is the main
water-tightness layer, which must prevent water passage
from the exterior to the inner layers of the wall
assembly. In the case of CLT construction, this is
generally applied by manufacturers on the external side
of timber panels or by contractors immediately after
erection on-site. It must be made of a vapour-permeable
material in order to permit natural hygrothermal
regulation during building service life. Within the frame
of this work, WRB is located on the external side of the
wall assembly instead of directly applied to crosslaminated timber panels, conversely to the common
know-how related to timber construction. This is due to
the fact that external walls arrive at the construction site
already preassembled, thus cross-laminated timber is
protected from atmospheric agents immediately after its
installation, independently from the positioning of WRB.
ir lo control is a topic of the utmost importance when
dealing with building enclosure design as it can
dramatically influence the whole building energy
performance and be responsible for interstitial
condensation phenomena as well [9]. Air flow is usually
controlled through the application of several materials
working as a system to satisfy the same function. When
dealing with prefabricated façade it is fundamental that
these materials are able to accommodate movements at
panel interface, to avoid air leakage during building
service life. Within the development of this research,
joint air tightness is a crucial point and will be illustrated
more in detail in section 2.2.
hermal per ormance of a wall depends of course on
material properties it is made of, but also design choices
about reciprocal layer positioning can be of utmost

Figure 2: nstallation o C pre a ricate
sca ol s ource
cree yrhom erg com

a a e through

2 THE PEW + SYSTEM: DESIGN
PROCESS
This section presents the technological development of
the proposed façade system, carried out through a
preliminary functional analysis, whose outcomes have
been integrated in the definition of façade panel crosssection. Afterwards, panel joint options have been
designed at a detail level and results validated through a
3-dimensional model.
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relevance. It is known that wood performs considerably
better in terms of thermal insulation than other building
materials like concrete, steel and glass, and this can be a
great advantage in those locations where thermal bridges
are more likely to occur, such as balconies [10]. In
addition, when considering mass timber technology,
wooden support panels inherently offer a nominal
amount of thermal resistance (in softwood species Rvalue is around 0,09 m2K/W for each centimetre material
thickness), allowing for thinner insulating material layers
and so reducing the overall wall thickness. This is
particularly convenient when prefabrication is involved.
Italian building regulation assigns different U-value
limitations according to specific geographic locations.
The presented panel cross-section is based on a 10 cm
thick rock wool insulation (=0,035 W/mK) but several
R-value options are presented in Table 1.
Table 1: Rock wool required thickness to match regulatory
standards (Italian and Canadian cases), according to various
CLT wall thicknesses

thi

CLT
n ss m

ROCK WOOL
thi n ss m

10

3,8

8,7

9,1

12

3,2

8,1

8,5

14

2,6

7,5

7,9

16

1,9
Italy
zone A
1,44

6,8
Italy
zone F
2,86

7,2
Canada
avg.
3,52

R-value
[m2K/W]

The issue of prefabrication needs has also driven the
choice of insulation material for the proposed façade
system as well. In fact, rock wool insulation provides
high level of thermal performance in a relatively thin
space and, furthermore, it has a reduced weight
conversely to wood-based insulation products. These
characteristics help to ease transportation and handling
phases of prefabricated façade elements, avoiding weight
related limitations to panel total dimensions. Synthetic
insulation products do not match well with timber
systems, even if they are really light weight and well
performing because they are not permeable and may trap
moisture. This is particularly risky in heating dominated
climates. Finally, insulation placement may significantly
affect durability and performance of the overall system.
The proposed technical solution is based on external
insulation to keep wood dry and warm, and minimize
moisture damage related risks.
Vapour diffusion control layer was not considered when
defining the proposed cross-section as it may be not
needed within some climates or assemblies, particularly
considering the fact that CLT acts as a buffering element
with regards to hygrometric balance of indoor
environments. Moreover, it is typically placed on the
inner side of the wall assembly and so it is not necessary
to preassemble this element offsite.
All of the above consideration led to the definition of
some cross section options, selecting Figure 3 as the one
which better conjugates advantages for thermal bridges

limitation at panel edges and installation optimization.
This can be considered the base panel where the
installation of several types of external cladding was
studied and designed to be installed at the production site
or eventually at the foot of the building before lifting for
installation.

Figure 3: ase panel hori ontal cross section out-o -scale
1.
2.
3.
4.
5.
6.

Cross-laminated timber, = 470 kg/m3
Timber transom, sec. 50 x 100 mm, =510 kg/m3
Double density rock wool insulation panel, λ=0,035
W/mK, th. 100 mm, =70 kg/m3
Synthetic breathable 3-layer membrane
Insulation plug
OSB element for panel frame reinforcement, th. 12,5
mm, =620 kg/m3

The choice of using exclusively timber products derives
from a marketability consideration for the designed
system. In fact, limiting the use of non-wooden products
reduces the number of players during the manufacturing
phase, consistently simplifying the whole process both
under the technical and commercial point of view.
The study concerning the top and bottom interfaces
between façade panels is particularly complex due to the
contemporary presence of floors. The detailed
investigation on this matter will be presented in the
section 2.2.1.
2.1.1
Claddin o tions
External cladding has functional tasks related to building
physics and characterizes the aesthetic appearance of a
specific building. General design criteria involve several
parameters, such as surrounding context, building
geometry, climatic conditions, client and designer needs
and maintenance requirements. That is why the adopted
design approach aims to satisfy different project
demands relying on a base panel that applies to all cases
and a specification of cladding systems that can be
equally adapted to the base. A variety of cladding
materials, shapes and technological systems have been
studied in cross-section to demonstrate their suitability
for installation on the proposed base panel in order to
allow high levels of architectural composition and
flexibility (see Figure 4). They differ for:
 substructure, that can be wood-based or metallic. The
latter allows for more accurate regulations in the
three directions of space and for this reason it is
preferable in the case of large or tall building
envelopes;
 fixing system, that is to say passing-through and clips
(exposed or concealed). Both of them tightly retain
cladding elements while allowing for dimensional
changes up to a certain extent. Conversely, gravity
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based retention systems cannot be used in the case of
entirely
prefabricated
façade
elements
as
transportation and handling phase could easily cause
cladding breakup or misalignment.
 finishing material, including wooden planks arranged
both horizontally and vertically, cement fibreboard,
high pressure laminated plastics, porcelainized
ceramics, photovoltaic glass and metal sheets. They
do not cover all possible cases but are intended to
provide clear indications on customization
possibilities.
Technical detailing presented in the following sections
will integrate wooden cladding, for the sake of
presentation simplicity. However, it is important to state
that its correct use and application requires in-depth
knowledge of material properties and exposure
conditions, together with regularly planned maintenance
to avoid precocious decay.

the interface between panels. In fact, for the scope of this
research, it is a paramount objective that no work from
the outside is performed on the construction site when
installing façade panels and so it is not possible to rely
on membrane superimposition at the level of junctions.
Design of the wall panel interface concerns joint solution
using tortuous paths to inhibit air and water flows into
the building. When possible, discontinuity protection has
been realized through the use of tight membrane and
compressed sealing mats at CLT panel interfaces.
2.2.1
Hori ontal joint
The first step involved the evaluation of the most
appropriate location for horizontal joint positioning with
respect to the structural wall-floor interface. This was
performed considering different parameters, such as
system vulnerability with respect to transportation and
installation procedure, operational quality for workers
and air/water tightness related issues (see Table 2).
More in detail, when building façade joint is located at
the intrados of floor level, wall panels will have a
projecting part, which is definitely the most vulnerable
one, located at the bottom (see Figure 5, j.3 option). This
implies that it is in a potentially vulnerable position as
far as transportation and installation phases are
concerned. On the other hand, air and water tightness
can be more easily solved if compared to other options,
such as joint locations at the extrados or in the middle of
the floor edge. In fact, the bottom wall-floor joint can
always be solved through the extension of the air-tight
membrane towards the floor edge. In addition, the top
wall-floor joint can be protected by the presence of the
upper wall assembly projecting part.
If the building façade joint is placed in the middle of the
floor thickness as in option j.2, panels will have two
projecting parts on both sides. The same considerations
of the previous case also apply to this case, except for
vulnerability that is higher in the latter as the projecting
parts are doubled in number.
Table 2: Rating system for horizontal joint definition

Figure 4: Cla ing option samples - hori ontal le t an
ertical right cross sections
1. 2. 3. 4. See Figure 3
5. Anchorage system: Halfen profile, bolted connection
with secure grower and aluminum mullion substructure.
Adjustable in-plane and out-of-plane
6. Façade fixing system made of aluminum clips
8. Cladding: composite extruded wood planks mounted on
aluminum transoms, sec. 200 x 5 mm, =950 kg/m3
9. Anchorage system: C-shape metallic bracket, aluminum
mullion substructure fixed through rivets for adjustments
10. Cladding: HPL panels fixed through rivets, th. 10 mm,
=10 kg/m2

2.2 THE JOINT DESIGN: 2D TECHNICAL
DETAILING
Functional analysis has been used to identify those
barriers that are critical when trying to push
prefabrication beyond its conventional limits. These can
be reasonably identified as water and, above all, air
barriers due to the forced discontinuity of such layers at

Vulnerability

j.1
***

j.2
*

j.3
**

Operational quality

***

**

*

*

**

***

Joint reliability
Note:
* Less favourable

|

** Average

|

*** Most

When the building façade joint is placed at the extrados
of floor, wall panels will have the projecting part located
at the top, as seen in option j.1. This time standing
transportation of panels can be done without particular
concerns, as well as installation procedures are less
critical. Furthermore, workers can act for joint
completion at the level of the just installed floor, so they
do not need to lean out of the floor edges and can
perform their tasks in more convenient conditions.
Despite this, air and water tightness of this option could
become quite an issue at the level of top joint as the air
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flow path is not tortuous and water may infiltrate under
particularly harsh wind conditions.
Given all the above considerations, placing panel
horizontal joint at the level of floor intrados was the

preferred alternative (j.3). In fact, joint reliability
concerning tightness functioning has been considered the
leading parameter for the value analysis.

Figure 5: oint positioning options ith regar to loor – ase panel ertical cross section
1. 2. 3. 4. See Figure 3
5. OSB element for panel reinforcement, th. 12, 5, =620
kg/m3

6.
7.

Timber transom for pin cladding substructure constraint,
sec. 50 x 100 mm, =510 kg/m3
Sloped timber transom for panel framing and
reinforcement, sec. 50 x 100 mm, =510 kg/m3
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Figure 6: nter ace joint etailing in the case o ertically oriente
section
1. 2. 3. 4. See Figure 3
5. Vented wall fir wood mullion, sec. 70 x 35 mm, =510
kg/m3
6. Vented wall fir wood transom, sec. 20 x 50 mm, =510
kg/m3
7. External cladding: vertically oriented fir wood planks fixed

oo planks cla
11.
12.
13.
14.

ing – hori ontal le t an

ertical right

Metallic sill
Metallic flashings for window jambs
Acoustic rubber insulation mat
OSB element for panel reinforcement, th. 12, 5, =620
kg/m3
15. Low density rock wool insulation panel, λ=0,035 W/mK,
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through screws, sec. 100 x 20 mm, =510 kg/m3
8. Shading system
9. Insulated shading system container
10. Triple grazed window

16.
17.
18.
19.

=50 kg/m3
Metallic flashing for vertical water drainage
Metallic flashing for horizontal joint protection
Timber connection plank, fixed through screws
Special corner prefabricated wall assembly

2.2.2
V rti al joint
The definition of vertical panel joint has been carried
out, firstly, by determining the structural joint between
CLT adjacent support layers. The connection is realized
through the insertion of a single surface wooden strip,
which can be installed from the inside of the building. In
fact, other common alternatives as the half lapped joint
showed some criticalities, forcing a rigidly sequenced
installation for façade panels.
Air and water tightness are completed through the onsite installation of complementary vertical flashing, tight
membranes and the use of compressible acoustic
insulation mats at the interface between CLT panels, that
helps in preventing air fluxes inward and outward. An
additional linear developed insulation element is placed
between wall panels on the external half of the joint to
interrupt thermal bridge. This latter has to be sufficiently
soft in order not to transfer loads between adjacent
façade elements. The horizontal section with all main
interface detailing joints is presented on the left side of
Figure 6.
2.2.3
Installation s u n
Before going into detail of panel installation description
it is important to notice that construction practice is
meant to be developed one floor after the other,
according to a wall-floor-wall sequence. In these cases, it
may be a convenient option to leave a vertical strip free
of panels until the end of construction work to allow for
the passage of building components, for instance system
parts and machines, or interior finishing materials.
Installation is carried forward according to the following
phases:
a. Erection of load-bearing wall system at a certain
floor, including external prefabricated wall
assemblies;
b. Subsequent upper floor installation, to create a work
platform for the level above;
c. On-site horizontal joint completion from the just
installed floor: final positioning of water tight
membrane from lower wall panels at the floor level
in order to solve the bottom joint; metal flashing
installation along the building perimeter and
placement of an additional stripe of airtight
membrane on the external side of the flashing
element, to protect timber close to the presence of
passing through screws. The flashing has the task to
drain water falling down from behind the cladding,
creating a continuous water barrier and drainage
system at floor interfaces. It can be concealed
behind the cladding system or span outside the
façade plan, creating a floor mark. Low density
insulation is placed in front of the flashing to
eliminate thermal bridge at the floor edge;
d. Acoustic mat installation ready to receive the upper
façade assembly;

Figure 7: oint component e plo e

ie in ertical section

Figure 8: oint component e plo e

ie in hori ontal section

e.
f.
g.
h.
i.

First upper wall prefabricated element installation
from the working floor;
On-site vertical joint completion through flashing
and insulation installation on one side of the already
fixed panel;
Lifting of adjacent panel to working floor and
complementary flashing installation on panel side;
Panel juxtaposition, adjustment and fixing;
Subsequent iteration of the previous three phases
until completion of the opaque building perimeter
for the working floor.
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Detailed installation sequence for joint components is
shown in Figure 7 and Figure 8, respectively for the
vertical and horizontal section.
In the case of the present research work, external wall
panel continuity is interrupted at the level of floors as a
design choice (platform frame configuration). However,
the same considerations made in this section also apply
to the balloon frame technology, with the sole difference
that this latter does not suffer from compression
perpendicular to grain on floor edges [7].
2.3 3D MODEL SYSTEM VALIDATION

project criticalities and solve them before the building
construction starts. Finally, advanced fabrication
machines are controlled by numerical files generated by
executive design projects, so a 3-dimensional
manufacturing model has to be produced at some point
of the industrial process.
More specifically, the objective of the 3D design phase
in the frame of the present research work was manifold:
 verifying component installation procedures (see
Figure 9).
 outlining different marketability options for the
system to be customized by client and designers (a
representative case is shown in Figure 10);
 validating the correct drainage mechanism and
overall functioning of joints at the encounter of
multiple façade components, to gain awareness of all
water possible paths once it overcomes rainscreen
barrier.

Figure 10: oint section in the case o projecting le t an
conceale right hori ontal lashing

3 THE PEW + SYSTEM: FUTURE
PROSPECTIVES

Figure 9: oint installation se uences

The elaboration of 3-dimensional models when creating
a new construction system is fundamental to ensure
error-free fabrication and smooth on-site installation. In
addition to this, precise drawings will be required both
by manufacturers and contractors in order to identify

Foresights in the use of unitized wood-based façade
assemblies for tall buildings are shortly presented within
this section, to provide evidence of timber innovative
application potential, which take a distance from the
traditional craftsmanship approach to construction.
In fact, another joint configuration has been studied in
detail with the aim to broaden both timber façade and
CLT field of applicability, fitting well also in the case of
office buildings [7]. The design approach is based on
pressure equalization principles through the use of a
gasket system integrated on the base panel frame, whose
task is to create a series of decompression chambers,
where water that overcomes the first barrier is blocked
and drained towards the exterior. This method is also
used for unitized glazed façade systems, widely spread
nowadays in the case of high rise building envelopes for
two main reasons: they are amongst the most weather
resistant and air tight prefabricated technologies on the
market, and they allow for high efficiency in installation.
In this way, the newly born unitized wood-based façade
system proposed can be easily integrated with plug-andplay unitized glass façade modules, providing higher
degree of architectural freedom and appealing design
opportunities (see Figure 11).
Many other ideas can be inspired by this, for instance the
design of non-load-bearing CLT or timber-frame façade
systems, which being free from the task of vertical and
horizontal load transmission can be placed differently
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with respect to floors and adapted to different structural
systems, such as steel or concrete frame.

Figure 11: lass an
oo - ase uniti e
– etaile le t an glo al right ie

a a e integration

functioning of water and air tightness at panel interface
and prove constructability of prefabricated modules.
Limitations of this research are due to project budget
constrains resulting in the impossibility to execute
laboratory air and water tightness testing on a real scale
mock-up model. This is a fundamental step in order to
assess the performance of a new-born prefabricated
system, and further research effort will be devoted to this
in the near future.
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EFFECTS OF WAVE TRANSFORMATION IN JUNCTIONS OF
CROSS-LAMINATED-TIMBER
Blasius Buchegger1, Heinz Ferk2, Martin Schanz3

ABSTRACT: A conversion of out-of-plane wave components into in-plane wave components at a junction may lead to
increasing values of the flanking sound reduction index. The transformed components may contribute to sound
radiation, if a reverse transformation occurs at a second junction during wave propagation. Numerical investigations
have been assessed for constructions of cross-laminated-timber to verify this effect and have been compared to
equivalent models based on concrete. The results prove the relevance of this effect for typical practical situations.
KEYWORDS: sound insulation, flanking sound transmission, wave transformation, FEM

1 INTRODUCTION 123
The audible impression of structure borne sound that
finally counts is caused by sound radiation based on the
out-of-plane movement of the structure. Nevertheless,
the in-plane movement may carry a significant part of
the total vibration energy. This effect may become
important at junctions, where incoming bending waves
are transformed not only into outgoing bending waves
but also into quasi-longitudinal waves. These waves may
not directly contribute to the sound radiation but
transmits significant parts of the overall energy.
In general, the flanking sound reduction index is used to
describe the transmission characteristics of a junction
[1]. It quantifies the mechanical energy reduction by the
junction at a specified transmission path of first order
(incorporating one junction) and is based on the
experimental determination of the spatially and
directionally averaged velocity levels of the out-of-plane
components within the diffuse vibration fields of the
corresponding walls. Hence, in-plane waves are
neglected in this procedure. However, including in-plane
components the flanking sound reduction index tends to
increase at rectangular branches and to decrease at
straight paths [2]. This observation may be interpreted as
a transformation procedure, where out-of-plane
components are converted into in-plane components
while the wave is propagating through a junction.
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As a consequence, a part of the transmitted energy in the
structure is not detected by the measurement procedure.
Neglecting the effect of wave transformation may lead to
an error during the determination of the flanking sound,
especially, if paths of second order (incorporation of two
junctions) are taken into account [3]. Then, components,
which are transformed in a first junction, are transformed
back in a second junction and still can lead to sound
radiation.
Therefore, this effect is studied in this paper using
numerical models based on the finite element method
(FEM). Amongst others, the focus lies on the relevance
and the impact of a path of second order on the total
sound radiation into the receiving room. The frequency
ranges, where the contribution of such a path seems to be
significant are determined and the vibration behaviour of
the model is investigated at specific single frequencies.
Selected constructions for junctions of panels made of
cross-laminated-timber (CLT) are considered and
compared to equivalent constructions of concrete. The
results show that a process of wave transformation
occurs for both materials over a wide frequency range
and subsequently, a path of second order can cause a
relevant contribution to sound radiation into the
receiving room.

2 ASSUMPTIONS AND METHODS
The statistical energy analysis (SEA) is commonly used
for investigations in wave coupling and wave
conversion. The usage of this method requires
reverberant vibration fields, therefore suitable
calculation results are obtained above the fundamental
in-plane mode in the mid- and high-frequency range,
where a sufficient modal density and modal overlapping
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occur [2]. In this paper, the finite-element-method
(FEM) has been used to focus on numerical
investigations in the low- and mid-frequency range.
Figure 1 shows the geometry chosen. A commonly used
T-shape has been extended to an H-shape of rigidly
connected panels to generate a path of second order and
a junction of second order. The dimensions (see table 1)
comply with the requirements of the standard ISO
10848-1 [1].
Table 1: Dimensions and ratios of the walls

Separating
Flanking SR
Flanking RR

Dimensions (m)
Width
Depth
Height
3,6
0,12
2,3
4,7
0,12
2,3
4,15
0,12
2,3

Ratios (-)
ISO 10848-1
0,31
0,12
0,13

These dimensions result in a base area of the receiving
room (RR) of about 15 m² that is comparable to a
commonly used sleeping room. The surfaces of the walls
are able to vibrate freely. The constraints at the side
faces have been set to zero (i.e. displacements are equal
to zero) to approximate rigid floors, ceilings and rear
walls (figure 2). A generation of in-plane waves at the
junction is possible [2].

Figure 2: Fixed constraints (left) and absorbing wall surfaces
of the source and the receiving room (right)

Figure 1: Geometry of the FEM model (CLT)

The CLT-panels have been modelled using three linearelastic orthotropic layers. The interior layer is
perpendicular to the exterior layers with respect to the
fibre orientation. To compare the obtained results to
concrete, the same geometry has been combined with a
linear-elastic isotropic material law using common
parameters (see table 2).
Table 2: Material properties

CLT [4]
Concrete [5]

ρ
(kg/m³)
470
2300

E0°/ E90°
(GPa)
10,98 / 0,137
25

In general, several damping models exist e.g. hysteretic,
Rayleigh or viscous damping. All models show different
advantages and disadvantages. Usually a determination
of the model parameters during measurements is no
trivial matter, because in many cases, energy losses from
radiation or flanking transmission to adjacent
components increase the measurement values of
structural losses. Additionally, the values are frequency
dependent. Hysteretic damping is commonly used,
although this model shows some disadvantages
especially for timber materials. E.g. in [6], spruce was
measured getting values from about 0.015 to 0.018 from
0.4 to 70 Hz with a high variation for different specimen.
To allow a comprehensible investigation that is
comparable with common used values, hysteretic
damping has been implemented using a constant value of
0.01 for spruce [7]. For concrete, a constant value of
0.006 has been chosen [8].
A FEM model of two real sized rooms requires high
computational power to allow comprehensive
investigations within a wide frequency range. An
effective meshing and frequency resolution is needed to
reduce the computational costs. For this purpose, some
preliminary studies have been performed to optimize the
calculation procedure, shown in the following.
One aim of these investigations is to evaluate the
relevance of a flanking transmission path of second
order. Therefore, the vibrating walls have to radiate
sound energy equal to a real situation. Except the
implemented walls, the sound absorption of the
boundaries of the rooms has been calibrated to a
reverberation time of 0.5 s, using uniform distributed
wall impedances (figure 2).

ν0°/90° / ν90°/90°
(-)
0,052 / 0,3
0,33

Wall 1 has been excited using an arbitrarily distributed,
random force perpendicular to the surface. As a
consequence, this excitation induces a high level of outof-plane vibration and a low level of in-plane vibration.
The reactions of the walls have been evaluated using the
spatial averaged velocities of the total walls. A reduction
to the diffuse areas of the vibrating surface is commonly
used by excluding the near fields close to the boundaries
[1]. But it has to be kept in mind that different wavetypes
show different wavelength, modal densities and modal
overlapping, therefore it is not possible to define an area
of diffusivity that is valid for every type of wave. A
reduction of the evaluation areas may lead to an over- or
underestimation of the spatial averaged movement
components and subsequently, may cause an error during
analysing the vibration behaviour of the structure.
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The investigated frequency range was chosen within the
range of one-third-octave-bands between 50 Hz and 630
Hz. Frequency averaging in one-third-octave-bands have
been carried out using the frequency ranges and
requirements described in the standard IEC 61260-1 [9].
The upper limit for the frequency range is restricted by
the need for a correct sampling of the wavelength especially of bending waves – that requires very small
elements. For the chosen geometry, the resulting high
number of elements leads to a high number of degrees of
freedom (DOF). The limit of the calculation resources
are quickly reached while solving this problem. During
several preliminary investigations on the chosen models,
a correct spatial sampling of the waves and a sufficient
frequency resolution has been established.

3 PRELIMINARY INVESTIGATIONS
Meshing of the geometry is an essential step for a
comprehensive investigation using FEM-models.
Preliminary investigations have been carried out to
ensure both, a precise calculation of the vibration
behaviour and an optimized usage of the available
calculation resources. The used hexahedron elements
(cube shape) were set to the 4 cm thickness, i.e., one for
each layer of the CLT panels. The widths and heights of
the elements were adjusted such that they are able to
represent the investigated one-third-octave-band
frequency. The widths and heights are expressed with
the thickness times an integer factor (mesh-factor) for
each one-third-octave-band separately (figure 3).
a=4 cm

5a

a=4 cm
a
5a

a

Figure 3: Element sizes for the discretization of the layers of
the CLT panels: coarsest mesh (left) - mesh-factor = 5; finest
mesh (right) - mesh-factor = 1

Cube shaped elements (mesh-factor 1) have been chosen
as a reference, because this mesh results in 3763011
DOF, that was within the limits of the calculation
resources. Several eigenfrequencies near the upper limit
of the one-third-octave-band have been determined
depending on mesh-factors between 1 and 5. Quadratic
shape functions have been used. For this study the level
differences


u
D13  20 lg 1 


 u 3 

the lowest and highest investigated one-third-octaveband.

Figure 4: Level difference of the spatially averaged norm of
the displacement of wall 1 and wall 3 for the first
eigenfrequency

Figure 5: Level difference of the spatially averaged norm of
the displacement of wall 1 and wall 3 for the highest
eigenfrequency within the one-third-octave-band of 630 Hz

A deviation of less than 0.1 dB and of 1 Hz (at lower
frequencies) of the different solutions to the solution of
mesh 1 has been chosen as a decision criterion for the
used (reduced) meshsize. It is not possible to determine
the vibration shape shown in figure 5 using mesh-factor
3, 4 and 5 as these meshes are too coarse to represent
this mode. This procedure has been repeated for every
one-third-octave-band to get the optimal meshing-factor
for the investigations. The sampling of the air borne
sound field has been implemented using cube shaped
hexaeder elements with a side length of 4 cm, multiplied
with the corresponding mesh-factor for every edge.
Quadratic shape functions have been used also for the
airborne sound field. Figure 6 shows the mesh of the
whole geometry including the airborne sound fields at a
mesh-factor of 2 and figure 7 shows the meshsizes of the
lowest and highest investigated eigenfrequencies.

(1)

of the spatially averaged norm of the displacements of
wall 1 and wall 3 have been evaluated for each meshfactor. The results are shown in figure 4 and figure 5 for

Figure 6: Meshing of the total geometry (mesh-factor 2)
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4 RESULTS AND DISCUSSION
The sound power radiated by the walls of the receiving
room has been evaluated to get an impression, whether
including paths of second order may influence the
calculated total sound energy transmission between the
adjacent rooms or not. The radiated power can be
calculated using the out-of-plane velocity of the surfaces
while assuming constant radiation efficiencies for all
walls. Calculations near the coincidence frequency may
be sensitive to structural variations. It has to be kept in
mind that usually the coincidence frequency of CLT is in
the investigated mid-frequency range. Thus the radiated
sound power Pi of the single walls i were calculated by
integrating
the
sound
intensity
components
perpendicular to the total surface of the walls, based on
the assumptions in [10,11].
The sum of the radiated sound power of walls 2 and 3
has been compared to the sum of the power radiated of
walls 2, 3 and, additionally, wall 5

Figure 7: Mesh and results at the lowest eigenfrequency
(upper, 84.92 Hz); mesh at the highest investigated
eigenfrequency (lower, 710.64 Hz)

 P  P3  P5  .
Lw  10 lg  2

 P2  P3 

(2)

Figure 8 shows the increasing one-third-octave based
values of the air-borne sound power by including wall 5.

Based on the determined meshsizes, the frequency
resolution has been optimized. Every one-third-octaveband has been separated in a fixed number of
frequencies that increases with the one-third-octaveband. Based on this number of frequencies, constant
frequency steps were calculated for each one-thirdoctave-band. The resulting resolution is shown in table 3.
Table 3: Mesh factors and frequency resolution for one-thirdoctave-band averaging
One-thirdoctave-band
(Hz)
50
63
80
100
125
160
200
250
315
400
500
630

Mesh factor
(-)
4
4
4
3
3
3
3
3
3
2
2
1

Number of
frequencies
(-)
27
32
37
42
47
52
57
62
67
72
77
82

Frequency
step
(Hz)
0.44
0.47
0.51
0.56
0.63
0.72
0.82
0.95
1.11
1.29
1.52
1.80

Figure 8: Contribution of sound radiation of wall 5 to the airborne sound power in the receiving room

In general, the airborne sound field of the receiving room
produces an acoustic coupling of the corresponding
walls. At lower frequencies, a part of the resulting sound
energy in the receiving room caused by the radiation of
wall 2 and wall 3 is absorbed by wall 5, shown by the
deceasing total energy power in the receiving room for
both models. For the CLT model, above the one-thirdoctave-band of about 125 Hz, the radiation of wall 5 is
increasing the total energy in the receiving room. A high
sound radiation appears in the one-third-octave-bands of
250 Hz and 500 Hz, except 315 Hz, where again a
decreasing of the total energy in the receiving room
occurs. For the concrete model, the radiation of wall 5
has the largest values at the one-third-octave-bands of
400 Hz and 500 Hz. An interesting vibration behaviour
was observed especially at 400 Hz, therefore this onethird-octave-band was chosen for further investigations.
To visualize the high transmission through a path of
second order, the total displacement of the model has
been averaged with respect to frequency for one-third-

WCTE 2016 e-book | 2867

octave-bands between 250 Hz and 500 Hz, shown in
figure 9 to figure 12. The values have been normalized
to the maximum of the excited wall 1 to achieve a clear
illustration.

Figure 9: CLT - normalized one-third-octave-band average of
the total displacement (dB re 1e-6 m), 250 Hz

Figure 10: CLT - normalized one-third-octave-band average
of the total displacement (dB re 1e-6 m), 315 Hz

Figure 11: CLT - normalized one-third-octave-band average
of the total displacement (dB re 1e-6 m), 400 Hz

this will show the out-of-plane displacement of the
flanking walls 1,2,4 and 5 and the in-plane displacement
of the separation wall 3 (figure 13 and 14).

Figure 13: CLT - normalized one-third-octave-band average
of the Y-component of the displacement (dB re 1e-6 m), 250 Hz

Figure 14: CLT - normalized one-third-octave-band average
of the Y-component of the displacement (dB re 1e-6 m), 500 Hz

In general, the bending-waves contain also in-plane
components at the surface of the panels. But especially at
250 Hz, the vibration characteristics of a bending wave
is superposed by a high in-plane displacement over the
whole separation wall. As a result, similar levels of the
in-plane displacement of the separation wall occur,
compared to the out-of-plane components of the flanking
walls. To identify, which vibration behaviour leads to
this high transmission of a flanking path of second order,
the frequency dependent values of the additional
radiation of wall 5 have been evaluated. The calculated
values show the frequencies, where wall 5 has most
relevance to the resulting sound field within the
receiving room. Figures 15 to 17 show the results of
calculations based on equation (2) for the models. The
values have been normalized to the maximum of the
values within the corresponding one-third-octave-bands.
Double logarithmic scales allow a clear illustration.

247.62 Hz
242.57 Hz

Figure 12: CLT - normalized one-third-octave-band average
of the total displacement (dB re 1e-6 m), 500 Hz

At 250 Hz and 500 Hz a high deformation along the path
of second order appears. To get a first impression of the
impact of the in-plane movement of the separation wall,
the Y-component of the displacement of this model has
been evaluated for these one-third-octave-bands. Hence,

253.33 Hz

Figure 15: CLT - scaled additional radiation within the onethird-octave-band of 250 Hz
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(1)

534.95 Hz

(2)

(3)
Figure 16: CLT - scaled additional radiation within the onethird-octave-band of 500 Hz

435.5 Hz

(1)

Figure 17: Concrete - scaled additional radiation within the
one-third-octave-band of 400 Hz

For the CLT model, a strong additional radiation occurs
at frequencies of 247.62 Hz and 534.95 Hz. Also at a
frequency of 242.57 Hz a high contribution of a path of
second order to total sound radiated into the receiving
room within the range of this one-third-octave-band is
evident. For the concrete model, a significant high
additional radiation appears only at 435.5 Hz in the
considered frequency range. The corresponding vibration
shapes have been evaluated in order to assess, whether a
transfer (or conversion) of out-of-plane components or
in-plane components causes this high transmission.
Figure 18 to figure 22 shows the normalized total
displacement to illustrate the corresponding vibration
shapes for the CLT and the concrete model. A horizontal
cross-section at half of the height of the geometry allows
a focused investigation on the Y-component of the
displacement of the walls and the junction for different
phase angles (surface coloured according to dB values).
Assuming that bending waves are transmitted at a
junction, the junction has to act as a center of rotation. In
this case, the junction should not perform a continuous
displacement in a single direction. For the illustrated
vibration shapes, this hypothesis is not confirmed, shown
by the displacement of the junctions in the Y-direction
especially at 435.5 Hz for the concrete model (figure
22). The excitation of wall 1 induces a high level of outof-plane components compared to the in-plane
components. A transformation process appears from outof-plane to in-plane components in the junctions. To
quantify this transformation, the proportion of the out-ofplane to the in-plane movement was evaluated for the
involved walls of the path of second order.

(4)
(4)

Figure 18: CLT - vibration shape at 247.63 Hz - normalized
total displacement (dB re 1e-6)(1); horizontal cross-section (2)
of the Y-component of the displacement (dB re 1e-6) at a phase
angle of 0° (3) and 180° (4)

(1)

(2)

(3)

(4)

Figure 19: CLT - vibration shape at 242.57 Hz - normalized
total displacement (dB re 1e-6)(1); horizontal cross-section (2)
of the Y-component of the displacement (dB re 1e-6) at a phase
angle of 0° (3) and 180° (4)
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(1)

(2)

(2)

(3)

(3)

(4)

(4)

Figure 20: CLT - vibration shape at 253.33 Hz - normalized
total displacement (dB re 1e-6)(1); horizontal cross-section (2)
of the Y-component of the displacement (dB re 1e-6) at a phase
angle of 0° (3) and 180° (4)

(1)

(1)

(2)

(3)

Figure 22: Concrete - vibration shape at 435.5 Hz normalized total displacement (dB re 1e-6)(1); horizontal
cross-section (2) of the Y-component of the displacement (dB
re 1e-6) at a phase angle of 0° (3) and 180° (4)

The aim of this study is to evaluate the in-plane
displacement exclusively caused by longitudinal waves.
Bending waves also cause in-plane displacements at the
surfaces of the walls but do not produce in-plane
displacements in the mid-surface (white area in figure
23). This approach has been extended to the full walls to
reduce the influence of bending waves to the evaluated
in-plane movement (figure 24). To get a reliable ratio of
out-of-plane components to in-plane components, the
values have been spatially averaged over the mid-surface
of the walls (red-coloured section in figure 24).

(4)

Figure 21: CLT - vibration shape at 534.95 Hz - normalized
total displacement (dB re 1e-6)(1); horizontal cross-section (2)
of the Y-component of the displacement (dB re 1e-6) at a phase
angle of 0° (3) and 180° (4)

Figure 23: Mid-surface of a beam (upper); normalized inplane displacement caused by a bending wave (lower);
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Figure 24: vertical cross-section of the separation wall

Figures 25 to 27 show the ratio of the spatial and
frequency averaged squared velocities of the out-ofplane component to the squared norm of the velocity
vector for the vertical cross-sections of walls 3 and 5

ratio 

2
v oop
.

v

2

(3)

A high ratio represents a high proportion of out-of-plane
components, whereas a low ratio represents a high
proportion of in-plane components. The scaled
additional radiation caused by wall 5 has been added to
achieve comparable values.

Figure 25: Ratio of out-of-plane components to the sum of outof-plane and in-plane components compared to the scaled
additional radiation of wall 5, 250 Hz (CLT)

Figure 26: Ratio of out-of-plane components to the sum of outof-plane and in-plane components compared to the scaled
additional radiation of wall 5, 500 Hz (CLT)

Figure 27: Ratio of out-of-plane components to the sum of outof-plane and in-plane components compared to the scaled
additional radiation of wall 5, 400 Hz (concrete)

For all frequencies, altering ratios of the different walls
show a partly high conversion of out-of-plane to in-plane
components in both junctions. At 253.33 Hz of the CLT
model, out-of-plane components of wall 1 are
transformed to in-plane components of wall 3 (green
graph) and are transformed reverse to out-of-plane
components in wall 5 (blue graph), which finally causes
sound radiation. But compared to the vibration behaviour
at the other frequencies, where an appreciable additional
radiation of wall 5 occurs, this transmission of in-plane
components may be neglected, because the main
transmission is caused by bending waves (figure 18 and
19). However, the concrete model shows a different
behaviour. At the one-third-octave-band of 400 Hz, a
flanking path of second order shows the greatest
influence on the totally radiated sound power into the
receiving room (figure 8). This additional radiated power
of wall 5 is mainly caused by the vibration behaviour at
435.5 Hz (figure 22), where a significant wave
transformation appears (figure 27). It has to be noted that
this part of additional acoustic energy transmission is not
represented by current standardized methods [1]. This is
due to the fact that the corresponding measurement
procedure exclusively captures the out-of-plane
components of paths of first order. Thus, this conclusion
confirms the observations of previous investigations [3].
Summarizing the results of the present investigations, it
can be stated that - more or less - a process of wave
transformation occurs for both models over a wide
frequency range. The consequences for the CLT model
are of secondary importance, as the main transmission is
caused by bending waves that are captured using
commonly used methods [1]. For the concrete model, a
correlation between the impact of a transmission path of
second order and a wave transformation process has
been identified. Neglecting this transmission may cause
an overestimation of the calculated sound insulation
using standardized methods [8].
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5 CONCLUSIONS
The effect of wave transformation at selected numerical
models of constructions based on cross-laminated-timber
and concrete has been investigated within the framework
of this paper. For constellations with two independent
junctions, a flanking transmission path of second order
occurs during wave propagation in several walls. This
special structure-borne sound transmission may
contribute to the total acoustic energy transmission
between adjacent rooms. A transformation of out-ofplane components to in-plane components of a wave
may increase the impact of such a path of second order,
especially, if a transformation occurs in the first junction
and a reverse transformation appears in the second
junction. In this case, standardized methods do not
capture the real transmitted, total energy.
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EXPERIMENTAL ANALYSIS OF FLANKING TRANSMISSION OF
DIFFERENT CONNECTION SYSTEMS FOR CLT PANELS
Alice Speranza1, Luca Barbaresi2, Federica Morandi3
ABSTRACT: This paper presents the first results of the flanksound project, a study promoted by Rotho Blaas srl
regarding flanking transmission between CLT panels jointed with different connection systems. The vibration reduction
index Kij is evaluated according to the EN ISO 10848 standard by measuring the velocity level difference between CLT
panels. The performance of the X-RAD connection system is compared to the performance of a traditional connection
system made of shear angle bracket and hold-down, both the configurations being tested with and without a resilient
material placed between the construction elements. Concerning the traditional system, the influence of the difference
sizes and types of fasteners - including the method of nailing or screwing - was also evaluated. The results of the
measurements exposed in this work will hopefully contribute to the development of the acoustic design of timber
buildings by providing a solid database of Kij values, which can be used to forecast the acoustic performance of the
building according to the prediction models proposed in EN 12354-1.
KEYWORDS: acoustic characterization, flanking transmission, innovative connection system, CLT constructions,
experimental tests, vibration reduction index Kij, X-RAD connection system, soundproofing profiles, flanksound project

1 INTRODUCTION 123
CLT structures have become widely employed for multistorey buildings and are often characterized by the
presence of many different typologies of connection
systems. As far as it concerns static properties and
technology development, CLT constructions have
reached very encouraging levels of detail, providing
countless solutions and refined calculation methods. On
the other side, the acoustic properties of such structures
are being investigated only recently [1-3]. Timber
constructions, as all lightweight structures, tend to show
insulation problems at low frequencies, in particular as it
concerns impact sounds and the structural transmission
of the vibration of the construction elements. The
flanksound project, promoted by Rotho Blaas srl in
collaboration with the University of Bologna, involved a
measurement campaign aimed at investigating the
flanking transmission of different connection systems for
CLT panels. This work presents a detailed description of
the measurement setup and the first results achieved.
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2 THE TEST CONFIGURATIONS:
JUNCTIONS AND PRODUCTS
The measurement campaign involved the test of CLT
panels from seven suppliers. Two different connection
systems were tested: the X-RAD and the traditional
connection system. X-RAD is a novel solution patented
by Rotho Blaas srl consisting of a point-to-point
mechanical connection system fixed to the corners of the
CLT panels (Fig. 1). Given the peculiarity of the fixing
system, the acoustic transmission of vibration and the
radiation properties of the panels depend on the
installation of the X-RAD.
The traditional connection systems (Fig. 2), made of
shear angle bracket and hold-down, were investigated by
changing the kind and number of screws, using or not
resilient profiles at the wall-ceiling interface and testing
different number of plates. Not all test configurations
could be performed on all kinds of CLT, nevertheless
some configurations were kept constant to test the
variability of the Kij values which occur due to the
differences among CLT panels and to the installation
tolerances with the same nominal fastening systems.
Two resilient materials are tested: Xylofon and Aladin
Stripe. Xylofon (35 Sh) is an extruded polyurethane
supplied in the thickness of 6 mm. Aladin Stripe Soft is a
EPDM rubber stripe with a tooth profile. In order to
determine the differences between the screws, fully
threaded structural screws (type VGZ) and partially
threaded carpenter screws (type HBS) were compared.
The horizontal partition was fixed through hold down
WHT 440 and shear angle bracket Titan TTN 240.
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Figure 1: The X-RAD connection system: X-ONE elements are
the ones connected to each CLT panel while X-PLATE is the
system of plates to which the X-ONE elements converge

Figure 2: Fixing connection realized with angle bracket for
shear loads TITAN with sound insulating profile ALADIN
STRIPE

Figure 3: The test setup for a “X” node vertical transmission:
perspective view of the measurement setup (top) and zoom on
the shaker connected to a vertical panel (bottom)

3 MEASUREMENT SETUP

whose length depended on the thickness of the panel, in
order to reach its innermost stratigraphy. During the
measurements, temperature and humidity of the
environment were monitored: the average temperature
varied between 14 and 15°C and the relative humidity
varied between 40 and 50%. The humidity of the panels
ranged around 9%.
The excitation and measurement points were chosen
according to the ISO 10848 [4[] standard. The source
consisted of a shaker with sinusoidal peak force of 200
N, which was fixed to the panel using a plate (see Fig.
3). A pink noise filtered at 30 Hz was fed to the shaker
and velocity levels were acquired using 4 accelerometers
at a time. The structural reverberation time has been
extracted from IR measurements, which were measured
in the number of four measurement positions per each
source. ESS signals were used, which showed to have a
better performance than MLS signals, displaying SNR
up to 50 dB. The structural reverberation time T15 was
extracted using the pre-processed energy detection
method [6, 7] implementing a reverse filter.
To test the measurement setup, an entire configuration
has been tested using the both the measurement
equipment described above and the hammer, used both
to measure the vibration level difference and to record
impulse responses. All “impact source” measurements
were conducted with three different tips (rubber, Teflon
and steel). The results, presented in national proceedings
[8], showed that no appreciable different is found

The flanking transmission measurements were
performed inside the headquarters of Rotho Blaas in
Cortaccia (BZ). The measurements, conducted in
accordance to the standard ISO 10848 [4], provided the
vibration reduction indices Kij which can be used to
predict the apparent sound insulation index according to
EN 12354 [5].
Vertical and horizontal junctions were tested. The
vertical junctions have been tested in close accordance to
the prescription of the standard in the “T” and “X“
configurations. The horizontal junctions have been tested
partially notwithstanding the prescriptions of the
standard due to installation and handling constraints.
Vertical panels of thickness 100 mm (3 or 5 layers) were
provided with dimensions 2,3x3,5 m and 2,3x4 m
respectively. The horizontal partition (3,5x4 m) is
supplied in a 160 mm panel (5 layers) divided into two
pieces. This choice, required by the ease of management,
has offered the opportunity to investigate the different
propagation between the horizontal junction between
panels, for which each supplier provides a distinct
solution. The panels are fixed to the ground by means of
concrete blocks of thickness 100 mm and are fixed to
them through hold downs (two per panel). The blocks
laid on the industrial floor of the Rotho Blaas warehouse.
The accelerometers are fixed to the panels using
magnets. Eyelets are screwed to the panels with screws
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between the measurement setups. Moreover, no
difference was found at all in the use of the different
tips: each hit on the CLT panels in fact caused a
mechanical deformation of the surface, whose entity
depended on the distance of the cut of each board from
the heartwood. Thus, while for elements with infinite
stiffness the different tips excite vibrational behaviors of
the structure in different frequency ranges, CLT panels
display a more homogenous response.

Figure 4: Test configuration to compare the X-RAD (left) and
the traditional connection system (right).
45,0

The results presented in this contributions will refer to
some significant results accomplished within a subset of
the measurement campaign, in particular:
1. X-RAD vs traditional connection systems
2. Transmission paths hierarchy in the vertical
“X” junction
3. Resilient profiles at the wall-wall interface
4. Resilient profiles at the wall-ceiling interface
5. The incidence of the kind and number of screws
on a vertical “L” test configuration
6. The incidence of connections on a “T” vertical
junction
The Kij are expressed as average values or plotted versus
frequency depending analysis that the authors wished to
accomplish. Though acquisitions were performed in the
frequency range 50-5000 Hz, the results presented here
are reported within the range 100-3150 Hz and/or
expressed in terms of an average between 125 and 2000
Hz.

35,0

4.1 X-RAD VS TRADITIONAL CONNECTION
SYSTEMS
The comparison between the traditional fastening system
and the X-RAD might result critical due to the
variability in the installation related to both construction
systems. The tolerance in the laying of the X-RAD is not
easily predictable: one transmission path may have
panels in contact one with the other while a transmission
path nominally symmetrical might have panels not in
direct contact. The sound energy distributed by the XPLATE element is very different in the two cases.
Moreover, though the junction length is the same in the
two configurations, the geometrical junction of the
panels is totally different.
Table 1: Vertical “X” junction: X-RAD versus traditional
connection systems

Path
T vert junction
X vert junction

X hor junction

1-4
1-2
1-3
2-3
1-2
2-4
4-5
(1-5)

Kij X-RAD
(dB)
5.3
11.1
13.6
15.2
9.7
11.5
11.3

Kij Trad
(dB)
7.0
13.0
10.9
17.8
12.2
21.2
8.4

Kij (dB)

4 EXPERIMENTAL RESULTS

25,0

A 1<>3
A 2<>3
C 1<>3
C 2<>3

A 1<>2
A 2<>4
C 1<>2
C 2<>4

15,0
5,0
-5,0

1/3 octave bands (Hz)

Figure 5: Vertical X junction: X-RAD (solid line) versus
traditional connection systems (dotted line)

A certain amount of variability is also ingrained in the
traditional fastening systems. Structural and carpenter’s
screws offer a very different behaviour in terms of sound
transmission; while the second tend to bring the panels
close, the first tend to depart the panels, despite the use
of tensioners.
With these premises, the Kij averaged over the octave
bands ranging from 125 to 2000 Hz are presented in Tab.
1, while the hierarchy of the panels is reported in Fig. 4.
For the X-RAD configuration the panels were fixed only
by the X-PLATE element while in the traditional
connection configuration the panel are fixed with 4 HBS
screws Ø 8 x 240 mm fixed with an angle of 30-35°
compliant to the assembly instructions.
The results show no significant discrepancies between
the two construction systems, both for vertical and
horizontal junctions. The differences found for different
transmission paths is greater for “T” junctions for the XRAD connection, while the “X” vertical junction
provides a more uniform energy distribution.
The traditional system tends to provide greater Kij
values, with a difference of about 2 dB, i.e. complying
with the uncertainties assumed relative to the Kij [7]. An
exception is represented by the transmission path 2-4,
the one which involves panels in line with no direct
contact.
With the traditional system the sound transmission is
very low because the panels are not in direct contact and
because the disposition of the screws does not provide
privileged transmission paths and thus the panels are
weakly connected. For the X-RAD, the connection
between the panels is strengthened by the X-PLATE
element, which allows a greater amount of energy to be
transmitted between the panels.
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Figure 6: Test configuration used for the traditional
connection systems.
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0,0
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1/3 octave bands (Hz)

Figure 7: Kij measured in a vertical “X” junction between the
panels

4.2 THE HYERARCHY OF THE TRANSMISSION
PATHS IN THE VERTICAL “X” JUNCTION
Since the energy distribution among the different
transmission paths showed to be strongly dependent on
the hierarchy of the panels, Fig. 5 reports the Kij values
measured on a “X” vertical junction plotted versus
frequency. The measurements labelled “A” refer to the
X-RAD construction system, while those labelled “C”
use traditional solutions. The hierarchy of the panels
within the junction is critical also for X-RAD as the
trend of Kij in frequency depends strongly on the
transmission path. For all the transmission path there is a
good match between the two construction systems. The
trends superimpose for almost all connections with the
exception of the transmission path 2-4, where the XRAD displays higher transmission because a significant
amount of energy is transmitted through the X-PLATE
element.
The analysis on both X-RAD and traditional connection
systems showed that the hierarchy of the connection
between panels have a great incidence on the vibration
reduction index versus frequency. This was also
confirmed by the analysis on the test configuration D,
reported in Fig. 6: the number and kind of screws was
the same used for configuration C but the CLT supplier
was different. In Fig. 7 the results of the 6 transmission
paths are reported vs frequency. The results show that,
for this kind of junction, the use of the vibration
reduction index in terms of frequency-dependent values
requires a detailed knowledge of the junctions. The
mostly attenuated transmission paths are 1-3, i.e. panels
in line and not in contact, and 1-2. The transmission path
1-2 and 2-3 are nominally identical and should provide
similar results. In fact, measurements on this and other
configurations showed that the screws fixed in panel 2

-10,0

1/3 octave bands (Hz)

Figure 8: Increase in Kij due to the use of EPDM rubber
between the panels. Panels fixed with HBS screws (top) and
with VGZ screws (bottom)

reach panel 3, providing a stronger connection between
these two panels compared to the 2-1 transmission path.

4.3 THE USE OF RESILIENT PROFILES
BETWEEN VERTICAL PANELS
Some measurements were conducted aimed at
investigating the possibility to reduce sound transmission
by interposing a resilient material between the vertical
panels. The material chosen is the Construction Sealing,
an EPDM rubber stripe originally used to provide
airtight connections. Fig. 8 reports the differences in K ij
for the different transmission paths between standard
installation of walls and the installation of the same
walls laying Construction Sealing between the panels.
The transmission paths indicated refer to the scheme
provided in Fig. 6. The delta reported in the two graphs
are the differences between the Kij measured with and
without EPDM when panels are fixed by 4 HBS Ø 8 x
240 mm screws (on the top) and the Kij measured with
and without EPDM when panels are fixed by 4 VGZ Ø 7
x 260 mm screws. For panels fixed with HBS screws the
delta is always positive but assesses to small values. The
difference is greater when panels are fixed with VGZ
screws. The CLT suppliers are different in the 4
measurement setups, thus these results may be
considered valid only if future work will prove the
analogue behaviour of CLT panels which have nominal
equivalent mechanical characteristics. Given the
variation which was found due to different screwing
conditions, this aspect might be critical. Moreover, the
feasibility of laying the EPDM rubber stripe between the
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Figure 9: The improvement in Kij related to the use of Xylofon
with the X-RAD connection system

1/3 octave bands (Hz)

Figure 11: The Kij measurement on a “L” test configuration
varying the number and kind of screws.
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Figure 10: The improvement in Kij related to the use of Aladin
Stripe Soft with the traditional connection system

panels in the construction process should be defined.
4.4 THE USE OF RESILIENT PROFILES AT THE
WALL-CEILING JUNCTION
A set of results is reported to qualify the vibration
transmission between horizontal and vertical partitions in
the two construction systems X-RAD and traditional in
order to assess the effectiveness related to the use of
resilient materials. In the following, Xylofon (35 Sh) is
used on the X-RAD connection system while Aladin
Stripe Soft is used in the traditional connection system.
In both configurations the panels were fixed using the
same number and kind of screws, angle brackets and
hold-down.
Figure 9 and 10 show the increase in Kij achievable by
positioning a resilient material at the wall-ceiling
junction. In each graph measurements were conducted
using the same CLT panels, so that the delta between the
two configurations can be considered independent from
the CLT panels characteristics and the only uncertainty
is related to the installation. For both configurations,
since the static load was not sufficient to make the massspring-mass work as due, no effect at low frequencies is
quantifiable.
Fig. 9 reports the vibration reduction indices K ij
measured between a vertical panel and the slab with and
without the use of the Xylofon (35 Sh) profile. The
difference between the two tests shows benefits starting
from 400 Hz; the difference increases with increasing

frequency and reaches up to 8 dB in the 1/3 octave band
centred at 2000 Hz.
Fig. 10 shows the results provided by the use of the
Aladin Stripe Soft profile when the horizontal partition is
fixed with a traditional fastening system. The
effectiveness of the Aladin profile in this configuration is
evident from 800 Hz on, while at lower frequencies no
significant improvement is found.
In the X-RAD connection system the slab is connected
to the X-PLATE element and the vertical partitions have
a notch for housing the slab. Thus the constrain
conditions and the load distributions are very different
with respect to traditional connection systems, where the
slab simply leans on the walls and is fixed with screws,
hold down and plates. These features might explain the
different Kij values displayed in Fig. 9 and 10 in the
“bare” configuration.
4.5 THE INCIDENCE OF THE KIND AND
NUMBER OF SCREWS ON A VERTICAL “L”
JUNCTION
To test the incidence in sound transmission varying the
kind and number of screws, a “L” junction was tested
whose panels were connected in 4 configurations:
A. 8 HBS Ø 8 x 240 mm
B. 4 HBS Ø 8 x 240 mm
C. 3x2 VGZ Ø 7 x 260 mm
D. 4x2 VGZ Ø 9 x 400 mm
The results are reported in Fig. 11. As previously pointed
out, HBS and VGZ screws provide different connections
among the panels: HBS screws bring the panels to a
closer contact and thus provide the lowest Kij values.
Halving the number of screws (configuration B) results
in a 3 to 5 dB increase in Kij starting from the 400 Hz
octave band. This is also confirmed in the analysis of the
VGZ screws, varied in number and in length of the
screw. Configuration D provided attenuation values
smaller than configuration C as expected. It is very
interesting to notice the vibration reduction index
measured with HBS-screwed panels displays a dip
between 160 and 315 Hz, which is not present when
panels are fixed with VGZ screws, i.e. when panels
vibrate “independently” one from the other, or at least
less constrained.

WCTE 2016 e-book | 2877

50,0

1<>4 screw
1<>3 screw

1<>4 plate
1<>3 plate*

Kij (dB)

40,0
30,0
20,0
10,0
0,0

1/3 octave bands (Hz)

Figure 13: Vertical T junction with base HBS screws and with
the addition of plates and hold-down
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Kij (dB)

40,0

Figure 12: Test setup of for measurements with and without
plates on a T vertical junction. Transmission paths 3-4 (left)
and 1-4 (right).

4.6 THE INCIDENCE OF CONNECTIONS ON A
“T” VERTICAL JUNCTION
In order to test the influence of the connection system on
flanking transmission, additional measurements have
been conducted on a vertical “T” junction. On the same
junction, measurements have been done with panels
connected by HBS screws or VGZ screws. After testing
the junction with only screws, 3 TTN240 angle brackets
and 2 WHT440 hold-down were added to both
measurement setups and flanking transmission
measurements were repeated. A scheme of the setup and
some pictures of the connections are reported in Fig. 12.
It is to notice that this test configuration is not related to
any real application on the construction site and was
only tested to check the influence of the connection on a
junction.
The measured Kij are reported for junctions with HBS or
VGZ screws respectively in Figs. 13 and 14. In both
configurations, the transmission path 1-4 is the angular
transmission path, which is most strongly influenced by
the addition of other connection systems. Dashed lines
represent connections with only screws while solid lines
represent values measured with plates and hold-down.
The measured values show strong differences among the
different configurations. The transmission path which is
mostly involved by the addition of the plates is 1-3, i.e.
between panels aligned but not directly in contact. Here,
Kij displays a significant decrease starting from mid
frequencies. This difference is more marked for panels
connected with VGZ screws since, as discussed above,
the connection with this kind of screws provides higher
attenuation since the panels are not brought in close
contact. The connection between panels 1 and 4, directly

30,0
20,0
10,0
0,0

1/3 octave bands (Hz)

Figure 14: Vertical T junction with base VGZ screws and with
the addition of plates and hold-down

involved in the addition of plates, is not strongly marked:
there is a slight increase in sound transmission, again
more marked for the VGZ connected panels. As far as it
concerns panels 3 and 4, whose connection is
incremented only through the laying of hold-down, the
results show an increase in Kij which appears to be
higher at lower frequencies.

5 CONCLUDING REMARKS
This paper reports the results of flanking transmission
measurements performed on CLT panels jointed with
different construction systems and connectors.
Two construction systems are analysed: the X-RAD, a
novel system patented by Rotho Blaas, and the
traditional solutions, with panels connected by screws,
hold-down and shear angle brackets.
In order to provide a clear exposition of the results, the
measurement sessions are grouped by affinity; here the
main results achieved from each measurement setup are
reported briefly.
The comparison between the X-RAD and the traditional
connection system show that the discrepancies between
the two systems are not critical except for the
transmission path relative to panels in line with no direct
contact. The X-RAD, which provide a more
homogeneous energy distribution thanks to the XPLATE element, provides in this case lower attenuation.
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Then the transmission paths were analysed for both XRAD and traditional connection systems on a vertical
“X” junction. The results showed that the hierarchy of
the connection between panels have a great incidence on
the vibration reduction index versus frequency, with
differences that range up to 15 dB at mid-high
frequencies.
Another test setup saw the laying of Construction
Sealing, an EPDM rubber stripe, between vertical panels,
and measurements were conducted on junctions
connected with HBS and VGZ screws. The results,
reported as differences with respect to the configuration
without resilient stripe, showed that for panels fixed with
HBS screws the delta is always positive but assesses to
small values. The difference is greater when panels are
fixed with VGZ screws. This comparison is based on the
hypothesis that the four CLT qualities tested provide
similar results, assumption which will be tested in the
near future.
The effectiveness related to the use of resilient stripes at
the wall-ceiling junction has been tested on a horizontal
junction for X-RAD and traditional connection systems.
The X-RAD junction was tested with the soundproofing
stripe Xylofon, an extruded polyurethane profile.
Benefits show starting from 400 Hz; the difference
increases with increasing frequency and reaches up to 8
dB in the 1/3 octave band centred at 2000 Hz. The
traditional connection system was tested with the Aladin
Stripe Soft, an EPDM rubber profile, providing
attenuation from 800 Hz on, while at lower frequencies
no significant improvement is found. The effectiveness
of the stripe at low frequencies is to be related to the
static load to which the stripes were subject, which did
not allow a proper mass-spring-mass behaviour of the
system.
A “L” test junction was used to verify the incidence in
kind and number of screws in the connection. The results
are very interesting proving that halving the number of
screws the vibration reduction index could reach values
higher up to 5 dB. The comparison of carpenter screws
HBS and structural screws VGZ also showed that the
second ones provide higher attenuation due to the fact
that, notwithstanding the use of tensioners, the panels are
not brought in contact closely. It was also noticed that
the vibration reduction index measured with HBSscrewed panels displays a dip between 160 and 315 Hz,
which is not present when panels are fixed with VGZ
screws.
The final analysis was aimed at investigating the effect
of adding plates to a vertical junction. A vertical “T”
junction fixed with HBS or VGZ screws was tested and
then plates and hold-down were added to test how the
sound transmission would change. It is to notice that this
configuration is not related to any real application on the
construction site. The results show a significant increase
in transmission among the panels in line not directly in
contact, and an increase in transmission between the
panels angled at 90° not directly fixed through plates.
The propagation between panels kept in contact is not
critical.
The availability of these data allows the complete
characterization of the structural nodes according to the

forecast method proposed in the EN 12354-1 [5]
standard and finally will give a powerful tool to the
engineers and architects to evaluate the best solution to
use in order to achieve the desired sound insulation.
These results are the first data published regarding the
measurement campaign and the data analysis is still in
progress. Still, from the first results it is possible to draw
some possible lines of development. In particular, a
special attention will be posed into the analysis of
similar configurations with different CLT panels, to
check the tolerances due to the installation and in case to
try to identify the sound transmission related to the
radiation characteristics of the panel and its damping.
The study of sound energy distribution in the X-RAD
deserves a more detailed analysis. Finally it will be
interesting to check the consistency of the floor-floor
junction provided by different CLT suppliers.
Hopefully the availability of in-situ measurements of
finished lightweight CLT buildings will help to
contribute to the definition of prediction models
specifically tailored for CLT structures.
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MODELLING GUIDELINES FOR SIMULATING LOW FREQUENCY
VIBROACOUSTIC PERFORMANCE IN WOODEN T-JUNCTIONS
Juan Negreira1, Anders Sjöström2, Delphine Bard3
ABSTRACT: Efficient and accurate numerical tools for predicting the vibroacoustic behaviour of wooden multi-storey
buildings are lacking nowadays. The variability that a natural material as wood possesses, makes it difficult to
accurately predict and model its behaviour. Likewise, construction details such as junctions and connections between
structural elements play an important role in the dynamic response of wood structures. Modelling the exact geometry of
any junction is practically impossible when performing finite element simulations as the size of the models would
drastically increase to the point of exceeding computer capacity. Therefore, gaining knowledge into the behaviour of
these structures as well as to find simplified ways of accurately modelling them is of paramount importance. In this
paper, guidelines on how to model wooden T-junctions, commonly found in lightweight timber floors, are presented.
KEYWORDS: Finite element method, wooden T-junctions, prediction tools, low frequency vibrations, measurements.

1 INTRODUCTION 123
Prediction and product development of lightweight
wooden buildings is presently carried out mostly based
on engineers’ experience and on measurements
performed in test buildings and existent structures, which
is both time consuming and costly. On top of that, the
obtained measurement results are seldom directly
applicable to buildings employing other construction
systems. Development of vibroacoustic prediction tools
for lightweight wooden buildings is, thus, of paramount
importance.
Statistical energy analysis (SEA) has proven to be an
efficient predictive approach that provides robust models
in the medium and high frequency range, where the
modal density of the building elements involved is
high [1]. The challenge is to accurately predict the
behaviour of multi-storey wood buildings in the low
frequencies (below 200 Hz) where most problems
related to residents’ annoyance arise [2–7]. In the low
frequency region, the hypotheses of SEA no longer
apply and predictions can be done by means of
numerical methods instead. The finite element (FE)
method is a powerful tool to deal with this type of issues
[4], the problem being the high computation time
involved if details of junctions such as nails, glue, etc.
are to be included in the models.
The aim of the investigation presented here is to gain
knowledge on the low frequency dynamic behaviour of
two particular types of connections typically used in
1
Juan Negreira, Lund University (Sweden),
juan.negreira@construction.lth.se
2 Anders Sjöström, Lund University (Sweden),
anders.sjostrom@construction.lth.se
3
Delphine Bard, Lund University (Sweden),
delphine.bard@construction.lth.se

wooden floors in Sweden. Guidelines on how to model
the junctions in a simplified way, to reduce calculation
times, whilst still maintaining the accuracy are given.
The investigations presented here are summarised from
those presented in [5], but the focus here is put more into
the methodology on how to calibrate the models, rather
than in the actual results.

2 METHOD
Mock-ups representing cut-outs of two types of junctions
commonly found in real floors were built (cf. Figure 1).
Measurements were performed on these and the data
collected was used as input to calibrate FE models of the
connections. Subsequently, different parametric studies
were carried out on the calibrated models so as to derive
modelling guidelines, the strategy followed being:
- For the case of a T-junction comprised by a single
plate and starting with the simplest case (i.e. no
screws modelled and full interaction between parts),
the eigenmodes from the FE simulations were
matched with those obtained from measurements by
tweaking the material parameters for the wooden
beam and the particle board. The material
parameters for which the match was achieved were
maintained constant for all subsequent analyses.
- With the material properties kept constant
throughout, details which could potentially
influence the performance of the junction (such as
screws, thickness of the glue layer, properties of the
adhesive, etc.) were varied for each type of Tjunction investigated, extensive parametric studies
being carried out and conclusions concerning the
modelling details being drawn.
It should be noted that the main aim here is not to
investigate the most accurate way to model the materials
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or the uncertainties related with it, but rather to study to
what extent details in the junctions affect their behaviour
by analysing relative differences between various cases.
5.
6.
Figure 1: Experimental structures. Dual-plate junction (left)
and single-plate junction (right).

2.1 MODEL CALIBRATION
In order to unerringly predict by means of numerical
models the dynamic behaviour of any structure and
particularly the T-junctions here, a calibration procedure
of the FE models with experiments must be carried out.
More specifically, a calibration procedure based on [9],
was developed and applied. In general terms, one could
see [9] as a scheme which aims at fulfilling four different
objectives. First, a FE model of the structure is set up
and analysed by performing several sensitivity analyses.
Secondly, the model is calibrated until its response
matches the measurement's output. Subsequently, effort
is put into making the FE model numerically efficient (if
needed). Finally and once the prediction tool is created,
design improvements of the structure in question can be
carried out by modifying features in the model. The
procedure can be divided into the following steps:
1. Pre-analysis. The structure was first partitioned into
several dissimilar components or substructures (load
bearing beams and plates), being mindful of their
performance requirements, both individually and
when considered included in the structure they
pertain to. In doing so, one thoroughly understands
the behaviour of the whole structure first.
2. Free-free analyses. Models of the load bearing
beams and plates were created and first analysed in
a free-free state, as local-global interactions could be
unrevealed utilising constrained models. Eigenvalue
analyses were performed with different FE mesh
sizes following a convergence analysis to ensure
that the behaviour of the constructive element in
question was properly caught.
3. Sequential boundary conditions (BC) applications.
The influence of the BCs on the dynamic response
of each substructure was checked by sequentially
introducing different BCs, e.g. simply supported,
and clamped. Knowledge of their behaviour was
gained, allowing to easily identify possible sources
of error when later assembling all parts involved.
4. BC and connection uncertainties. After the
substructures comprising the whole structure (load
bearing beams and boards here) were correctly
modelled and their behaviour fully understood, the
construction elements were assembled to form the
junctions. Boundary uncertainties (e.g., not fully
fixed) between the parts were introduced and
vibration sensitivity analyses in terms of eigenvalue
analyses were performed so as to see how these

7.

8.
9.

modelling conditions would influence the dynamic
characteristics of the structure. Experience indicates
that mismatches between analytical models and test
results are often due to inaccurate BCs or
substructure interactions.
Substructure modelling. Different procedures could
be used to speed up simulations. No reduction
procedures were carried out here.
Pre-test analysis. Simulations should be carried
aiming at maximising the richness of the data that
will be subsequently acquired during measurements.
By adjusting the location of the loads and evaluation
points in the simulations, optimal positioning for the
accelerometers and excitations was found.
Pre-test setup. Preliminary tests must be run,
adjusting instrumentation locations, if necessary.
Signal processing is to be performed to see whether
or not expected frequency contents are captured.
Modal test. Experimental modal analysis (EMA)
was performed on the T-junctions to obtain modes,
mode shapes and damping (see Section 2.2).
Reconciliation. Based on the experimental data,
boundary uncertainties,
material
properties,
connection issues, etc. were adjusted in the FE
model so as to match results from both simulations
and measurements. The decision making parameters
resolving whether a FE model is accurate enough to
be valid as a prediction tool can be various
depending on the application at hand. Specifically
here, the models were validated in terms of
eigenfrequencies and eigenmodes in line with the
modal assurance criterion (MAC) [10] given in
Equation (1) and the normalised relative frequency
difference (NRFD) given in Equation (2). The
MAC-value is used to compare the measured and
simulated i-th eigenmode (or also two different FE
models) denoted as cases Фia and Фib respectively.
Equation (1) is the normalised scalar product of the
eigenmodes from the measurements and the
simulations (or from two FE models). The MACvalue is in the range 0-1, where 1 represents total
correlation and 0 means no correlation at all. The
NRFD given in Equation (2), in turn, is an indicator
used to check discrepancies in the eigenfrequencies
fi for the i-th mode of two analysed cases a and b.
Note that the MAC plots complete those of NRFD's,
since the former give the degree of correlation in
terms of mode shapes and the latter the differences
in the eigenfrequencies. One type of plot alone
would not be enough, since for example, two modes
could be shifted in the measurements and
simulations whilst still having a low NRFD value.
All in all, to validate the predictive tools of the Tjunctions, one should look at both indicators.
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10. Synthesis. Once the FE prediction tools are
calibrated, design modifications can be performed to
optimise the structures and synthesise noise and
vibration mitigation strategies.
11. Iterations. After a new design or improvement is
proposed, the previous steps should be repeated as
many times as necessary so as to meet the vibration
requirements stipulated.
2.2 MEASUREMENTS
Two types of test specimens representing cut-outs of
actual full size floor assemblies were built (see Figure 1).
First, a single 1200×600×22 mm3 chipboard plate fixed
onto a spruce beam of dimensions 45×220×600 mm3,
was built. The second mock-up was made of two squared
chipboard plates with flat edges and dimensions
600×600×22 mm3, each one of them fixed onto one
beam with the same dimensions as in the first specimen.
For both mock-ups, the plates were fixed to the beams
solely by means of equidistant screws. Moreover, two
structures were built a second time, but this time
applying glue on the contact surfaces. The distance
between the screws connecting the chipboard plates to
the bearing beam, following the recommendations of
manufacturers, was set to 250 mm in the case of a single
plate and 125 mm in the case of two plates. The outmost
screws were placed with a distance of 50 mm from the
ends of the beams.
The mock-ups were built using materials of the same
quality and from the same producer and batch, thus
ensuring that material properties do not vary
unreasonably throughout the different pieces employed.
The set-ups were suspended from the ceiling by using
soft rubber springs and EMA was performed so as to
obtain their dynamic properties (see Figure 2).

Figure 2: Measurement setup of the single-plate set-up and no
glue applied.

An impact hammer was used as excitation at 9 different
locations, an average of 4 hammer blows being
performed at each position. To record the vibrations
produced, a total number of 28 dual-axis MEMS
accelerometers were screwed to the plate in the singleplate cases forming an equidistant 7x4 grid, whereas 32
were used in the dual-plate set-ups, since one row was
considered at each side of the junction between the

plates (i.e. a 4x4 grid pattern was laid on each plate).
This was decided after performing step 6 in the
procedure described in Section 2.1. The transducers used
to record the vibrations where those developed in [11].
All the accelerometers as well as the force transducer
placed at the tip of the hammer were connected to a
computer with a 32-channel acquisition system. The
software used for the acquisition was Spectrum
SBench 6.1. The raw data were saved as Matlab files for
later analysis using a code developed by the author.
2.3 SIMULATIONS
The T-junctions were modelled using the commercial FE
software Abaqus [12] and eventually calibrated with the
data stemming from the measurements following the
procedure previously presented in Section 2.1.
The plate, the beam and the screws (manifested as square
pins with a 5x5 mm2 cross-section going through the
plate and into the beam) were meshed with 8-node solid
hexahedral elements using linear interpolation. For the
glue, 20-node solid hexahedral elements, employing
quadratic interpolation and hybrid formulation in order
to avoid locking, were utilised. Since serviceability
issues are of main interest here, all non-linear behaviour
is neglected here, as the vibrations the structures are
exposed to, are normally of small amplitude; this
allowing materials to be modelled as linear elastic. The
FE models created can be seen in Figure 3.
In general, modelling connections by means of the FE
method is a daunting task as junction details can play an
important role, especially with increasing frequency (i.e.
shorter wavelengths). At the same time, prediction tools
should yield accurate enough results while maintaining a
calculation time which is reasonable. In here, guidelines
on how to model these connections were sought,
balancing both issues of calculation times and accuracy
of the solution. This was done by means of parametric
studies as it will be explained later on.

Figure 3: FE models created: single-plate no glue (upper left),
single-plate with glue (upper right), dual-plate no glue (down
left) and glued dual-plate (down right).

3 RESULTS
In the following section, results are presented both in
terms of measurements and simulations. For the sake of
simplicity, just the results for the single-plate T-junctions
(see Figure 1) are shown in here. For more information
regarding the measurements, simulations and modelling
guidelines drawn of the dual-plate case, see [5].
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3.1 MEASUREMENTS
In Table 1, it can be observed that the glue has a
negligible influence on the eigenfrequencies, as the
glued and non-glued case result in similar values for the
eigenfrequencies. Nevertheless, it can be noted that the
glue slightly stiffens the junction around approximately
1% in terms of eigenfrequencies. The stiffening effect is
particularly larger in the 5th mode (bending), since the
eigenfrequency in the glued case increases substantially
as compared with the unglued case. The movement of
the plate on top of the beam is constrained by the glue
layer, as opposed to the unglued case, where some
motion of the plate is allowed on top of the beam with
exception of the places where the screws are present.

respectively, as explained in Section 2.1. In Figure 5, the
MAC-values comparing the simulated reference cases of
the single-plate junctions to the corresponding
measurements are shown. It is depicted that a good
correlation between simulated and measured mode
shapes is obtained. This, together with the NRFD shown
in Figure 6, where the errors between the measured and
simulated case fall below 4.8%, proves the reliability of
the predictive tool developed.

3.2 SIMULATIONS
3.2.1 Single plate no glue
A simple model comprising just a beam and a plate was
first created (no screws involved). The connections were
made by fully tying squared surfaces of 5x5 mm2
between the plate and the beam at the positions where
the screws would otherwise be placed (i.e. 250 mm
between screws, being the outmost ones placed 50 mm
from the ends of the beams). The beam and chipboard
properties were varied within realistic values found in
the literature until a good match for the measured and
simulated cases was achieved, see Table 1. These
material properties for which the match was achieved
(see [5] to see the specific values) were kept constant in
subsequent simulations. This is an accurate choice, since
the materials employed to construct the mock-ups stem
from the same batches and manufacturers; thus their
properties should be fairly constant for all the mock-ups.
Secondly, the actual steel screws were brought in and a
more realistic model was created. They were modelled
as squared pins of cross-section 5x5 mm2 going through
the plate and into the beam (cf. Figure 3). The results, in
terms of eigenfrequencies, showed no appreciable
differences as compared to the first model. In Figure 4,
eigenmodes up to 200 Hz are shown for this case. For
the sake of simplicity and brevity, just the eigenmodes
for the unglued case are displayed graphically.
3.2.2 Single plate glue
A model with a single plate and glue between the plate
and the beam (see Figure 3) was assembled, the
properties for which the match was achieved before
being assigned to the different materials, which
exception of the glue, which was not present before.
Thus, only the properties of the glue were varied until a
good match with measurements was achieved, as shown
in Table 1 (those falling close to the ones provided by
the manufacturer and also within realistic values for
similar adhesives found in literature). Note that no
screws were present here in the model that was
considered as the reference one to carry out the
parametric study and that the plate and the beam were
fully fixed to the glue layer.
The degree of correlation between the measured and the
simulated eigenmodes and eigenfrequencies was
addressed with use of MAC- and NRFD-values

(a) Single-plate no glue

(b) Single-plate glue
Figure 5: MAC-values for the single-plate case.

A parametric study was then carried out for this singleplate glued case. As the material properties for the
chipboard and the spruce beam were calibrated to match
the measurements for the non-glued case, parameters
related to the glue were modified here to check their
influence in the dynamic behaviour of the junction. The
Young's modulus, the Poisson's ratio as well as the
thickness of the horizontal layer involved (cf. Figure 3)
were varied. The reference model which against all the
modifications are compared with, is one comprised of a
single plate on top of a beam with a thickness of the
horizontal glue layer of 1 mm, no screws modelled and
full tie interaction between the glue and the surfaces of
the beam and the plate. The results of the parametric
study are presented graphically in Figure 6 in terms of
NRFDs. For the sake of brevity, no other MAC-plots
than those shown in Figure 5 are presented, although
they were created and analysed for all the cases involved
in the parametric studies to validate the FE models
against measurements. Based on these results, guidelines
to model such types connections as part of larger
structures when creating FE predictive tools, were
drawn. As previously mentioned, just the single-plate
junctions are presented in this paper, the dual-plate
junction modelling guidelines were obtained similarly as
shown in [5].

WCTE 2016 e-book | 2884

(a) 1st mode. Measured (left): 36 Hz and simulated (right): 35.9 Hz.

(b) 2nd mode. Measured (left): 50 Hz and simulated (right): 48.6 Hz.

(c) 4th mode. Measured (left): 89 Hz and simulated (right): 89.3 Hz.

(d) 5th mode. Measured (left): 111 Hz and simulated (right): 109.4 Hz.

(e) 6th mode. Measured (left): 179 Hz and simulated (right): 178.1 Hz.

(f)

7th mode. Measured (left): 178 Hz and simulated (right): 179.9 Hz.
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(g) 8th mode. Measured (left): 190 Hz and simulated (right): 187.8 Hz.

(h) 9th mode. Measured (left): 198 Hz and simulated (right): 199.1 Hz.
Figure 4: Measured (left column) and simulated (right column) vibration modes for the single-plate unglued case. The black crosses
on the measured cases mark the placement of the accelerometers. Note that that the 3rd mode captured in the simulations (see
Table 1) was not caught in the measurements.

Figure 6: NRFDs (with respect to the reference model comprised of a fully tied plate onto the beam without screws) for the different
simulated cases involved in the parametric study for the single-plate glued situation. Different parameters for the adhesive were
investigated as depicted in the legend, viz. its modulus of elasticity, its Poisson’s ratio, and the thickness of the glue layer between
plate and beam. A comparison between the simulated reference model and the corresponding measured case is also depicted, as well
as a comparison with the single-plate unglued case (i.e. wood-wood connections).
Table 1: Measured eigenfrequencies for the single-plate T-junctions. Note the different amount of significant figures in the results, as
the resolution of the measurements was set to 1 Hz (which proved to be enough via visual inspection of the measured FRFs).
Mode
1
2
3
4
5
6
7
8
9

Glue
Measured [Hz]
36
52
87
136
177
180
189
200

FEM [Hz]
36.2
52.6
87.9
89.8
142.9
178.7
185.4
189.4
203.7

No glue
Measured [Hz]
36
50
89
111
179
178
190
198

FEM [Hz]
35.9
48.6
89.3
109.4
178.1
179.9
187.8
199.1
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3.3 DISCUSSION
From the measurements performed, it can be seen that
the glue does not to a great extent influence the mode
shapes or the eigenfrequencies in the case of a singleplate junction. At the 5th mode (bending), however, the
stiffening effect is particularly large as the movement of
the plate on top of the beam is constrained by the glue
layer, as compared to the unglued case, where some
motion of the plate is allowed on top of the beam, except
at those places where the screws are present.
Based on the parametric studies carried out, in Figure 6
it can be observed that the parameters of the glue that
were varied (Young's modulus, Poisson's ratio and
thickness of the adhesive layer) do not affect results
appreciably as the connections between different parts
are considered fully fixed. Modelling the screws proved
to have a negligible effect on the eigenmodes and
eigenfrequencies of the structure, meaning that the
punctual increase of stiffness brought into the junction
by the steel screws is negligible in comparison to the
stiffness of the connection between beam, plate and glue
along the adhesive layer. Moreover, even though small
differences can be observed in the eigenfrequencies, the
NRFDs fall below 2.6% amid the modelled cases.
Comparing the model used as reference to the
measurements performed, the NRFD peaks up at 4.8%.
This means that for the problems considered here,
assuming small amplitudes of vibrations, these types of
junctions could be simplified by neither modelling
specifically the screws nor the glue, and instead using
full interaction between the contact surfaces.
That is, for the glued case, the glue layer and the screws
can be neglected as long as full interaction is considered
along the interface between the beam and the plate. For
the unglued case, small surfaces coincident with the
screw's cross-section should be tied to the corresponding
surfaces of the plates (no actual screws being needed).
The errors obtained when considering such type of
connection in the models were not larger than 2.6%.
These errors would most likely be reduced further when
the junctions are part of a larger structure due to
restricted motion of the plate as compared to the cut-out
T-junctions (different BC involved around the plates).

4 CONCLUSIONS
Insight into the vibroacoustical behaviour different types
of wood connections was gained, enabling accurate and
simplified FE models to be created when developing
numerical prediction tools. These conclusions will ease
the modelling and reduce the size of the models whilst
still predicting the vibroacoustic behaviour of wooden
structures accurately.
Regarding the modelling of the single plate T-junctions,
it can be concluded that:
‒ The non-glued case can be modelled by tying the
plate and the beam on discrete surfaces coincident
with the cross-section of the screws. Modelling the
actual screws had a negligible effect in the dynamic
response of the junction.
‒ For the glued case, it was proven that the glue had
an insignificant effect on the results. Modelling the

actual screws as square pins going through the plate
and into the beam did not improve the model either.
Hence, this type of junction can be simplified by
fully connecting the chipboard plate to the bearing
wooden beam.
All in all, a deeper understanding about the
vibroacoustical behaviour of these types of wood
connections was gained. The conclusions drawn here are
limited to the types of wooden junctions investigated
there, although many junctions in the market resemble
those connections studied, thus the outcomes are quite
general and applicable to other types of connections.

5 FURTHER WORK
The latter conclusions should be verified for junctions
embedded in models of larger structures. It can be
expected that the differences observed between different
types of T-junctions would decrease in larger structures
due to restricted deformations of the junctions compared
to the free-free T-junctions, which would stiffen the
structure. In the cases where it was concluded that
screws had to be modelled in detail, techniques to
simplify the fact of modelling the actual pins, like the
introduction of a withdrawal modulus accounting for a
smeared stiffness, could be adopted.
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LOW FREQUENCY FORCE TO SOUND PRESSURE TRANSFER
FUNCTION MEASUREMENTS USING A MODIFIED TAPPING MACHINE
ON A LIGHT WEIGHT WOODEN JOIST FLOOR
Jörgen Olsson1, Andreas Linderholt2
ABSTRACT: In recent years research has shown that low frequency impact sound is of significant importance for
inhabitants´ perception of impact sound in buildings with light weight wooden joist floors. The tapping machine is well
defined as an excitation device and is a standard tool for building acoustics. However, the excitation force spectrum
generated for each individual floor is unknown when using a tapping machine. In order to increase the possibilities to
compare simulations to impact sound measurements, there is a need for improvement of impact sound measurement
methods. By measuring the input force spectrum by a modified tapping machine and the sound in the receiver room,
transfer functions can be achieved.
In the light weight wooden building used for the evaluation test of the proposed method, structural nonlinearities are
evident in the frequency response functions stemming from different excitation levels. This implies that for accurate
FRF-measurements in low frequencies, excitation magnitudes that are similar to these stemming from human
excitations should preferably be used.
KEYWORDS: Low-frequency impact sound, light weight wooden joist floor, tapping machine, frequency response
functions.

1 INTRODUCTION 123
Impact sound in the low frequency range has in recent
years shown to have significant importance for the
subjective perception and satisfaction of impact sound
from neighbouring apartments, for buildings with light
weight wood joist floors [1, 2]. The AkuLite [3] project
showed that including frequencies down to 20 Hz
improves the correlation between satisfaction and impact
sound for the buildings studied. The frequency range of
interest for light weight wooden building is significantly
lower, in general, compared to the interesting range for
concrete buildings. Using numerical tools, such as Finite
Element Method (FEM) softwares during the product
development of light weight wooden buildings can
decrease the need of prototypes to get information about
the impact sound performance. Thus, an increase in the
use of numerical FE-simulations may save time and
money for the wood building industry.
Impact sound is predominately excited with the
standardized tapping machine according to the previous
standard ISO 140-7, now replaced by ISO 16283-2:2015
[4], during a test. There are other excitation devices such
as the impact ball which is especially suitable for light
1
Jörgen Olsson, SP Technical Research Institute of Sweden,
jorgen.olsson@sp.se
2
Andreas Linderholt, Linnæus University, Sweden,
andreas.inderholt@lnu.se

weight floors due to its resemblance to a human´s
excitation by walking [5, 6, 7] and its high signal to
noise ratio in low frequencies [8]. However, due to
practice and practical reasons such that ordinary
measurements in higher frequency ranges cannot be
covered by the impact ball, measurements with the
tapping machine are still needed and cannot be entirely
replaced by the impact ball.
Traditionally, it has been difficult to simulate the impact
of hammers of a tapping machine numerically since the
impact force depends on the structure excited as well as
on the tapping machine. In recent years, the methods for
modelling the force of impact hammer excitations have
improved in accuracy [9].
To calculate frequency response functions is, on the
other hand, a standard procedure using numerical
software.
Since the tapping machine does not enable
measurements of the force at impact, the excitation force
spectrum remains unknown.
Here, it is proposed to modify the tapping machine in
order to estimate the excitation forces of the impact
hammers. Then measuring the sound in the receiving
room gives a force to sound transfer function. This
increases the possibilities to correlate the measurements
with calculation data and at the same time it enables the
possibility to have conventional measurement data
according to the standard ISO impact measurements [3].
Measurements of the impact force generated by a
tapping machine have been made before but with
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different purposes. For instance, Dodd et al. [10]
developed a force measuring single tapping hammer
with the same impact as the tapping machine in order to
have a fast method to predict impact sound levels from
air borne sound insulation measurements. Analyses of
impact sound transfer paths between concrete
apartments; comparing different excitation devices have
been made by Jeon et al. [11], but not with the aim to
measure excitation forces or force to sound transfer
functions. Here, the measuring of transfer functions and
their quality for light wooden structures are the focus.
The modified tapping machine is benchmarked in a real
building in comparison with other excitation devices; an
electrodynamic shaker and a hand held impact modal
hammer. The force at impact together with accelerations
on the floor, ceiling and walls in the receiving room
were measured which enables calculations of mobilities
(velocities divided by force) for the analysed structure.
This gives the possibility to identify and visualize the
transmission paths force - acceleration/velocity - sound
pressure. Transmission paths and radiating surfaces for
sound could also be analysed with sound intensity
measurements. However, a difference compared to the
sound intensity measurements is that the accelerometers
provide information of structural mode shapes, which is
useful information when analysing and improving
structures.

receiving room, below the room where the excitation
took place, was completely empty.
The M-building
Plastic carpet + 13 mm gypsum board + joist floor +
distance crossbar + 13 mm gypsum board + 568 mm
airgap + 20 mm suspended sound insulation /
absorbing ceiling board.
The M-buiding joist floor

Cross section of a joist floor in the M-building. The
section shows the cut out locations on the beams.
Between the beams there is mineral wool. The load
carrying beams have 45 x 220 mm intersection.
Non load carrying
inner wall

2 MEASURMENT OBJECT
The transfer functions measurements which took place in
the M building at the Linnæus University, Växjö
campus, Sweden, were made between two small office
rooms with joist floors in the vertical direction;
coincident with the room borders. The design principles
of the office in which measurements were made is
presented in Figure 1. The room dimensions and the
fundamental acoustic properties within the low
frequency range are presented in Table 1.

Suspended ceiling

Table 1: Room dimensions of the receiving room together with
measurement details.

X - Length of room [m]
Y - Width of room [m]
Z - Height of room [m]
Area [m2]
Volume [m3]

Receiving room
4.08
2.28
2.7
9.3
25

First calculated room modes
Nx N y Nz
1 0 0
0 1 0
0 0 1

41.7 Hz
74.6 Hz
63.0 Hz

Calc. Schroeder freq. 1)

282 Hz

Non load carrying
inner wall
Connection of non load carrying walls to the joist
floor in the M-building
Figure 1: Design principles in the measured office rooms.

3 METHOD

1) Schroeder frequency [12] for the room at RT 60 equals to
0.5 seconds.

The rooms have suspended ceilings with sound
absorbing boards. At the time of the measurements the

3.1 Measurement force transmission
The tapping machine, see Figure 2, is defined in the
previous classical standard ISO 140-7 and now for
instance in the ISO standard 10140-5 [13]. For this
study, an old Norsonic model Nor 211 tapping machine
was modified.
The impact hammers shall have a weight of 0.500 kg (±
6∙10-3 kg). A shock accelerometer is attached to the end
of one hammer of the tapping machine. The measured
acceleration gives, according to Newton’s second law of
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motion, a force transducer. In order to investigate the
quality of the force estimates, a frequency response
function (FRF) measurement was made between the
impact surface of the hammer and the accelerometer at
the shaft of the hammer, see Figure 3. The force was
measured with an impact hammer at the point that will
excite the floor later. The hammer of the tapping
machine was hanging in light nylon line perpendicular to
the excitation direction, in order to minimise the
influence by the suspension.

The excitations were made in the middle of the floor. As
response sensors; accelerometers on all walls, the floor
and ceiling in the room below are used. The
accelerometers were located in the middle and close to
the corners of the ceiling, walls and floor. Nine
accelerometers were used on each surface with exception
for the shorter corridor and façade walls, which did not
have accelerometers in the middle close to the
boundaries. Hence, these walls had accelerometers close
to the corners and one on the middle of the surface i.e.
five accelerometers. One microphone was also used in
the receiving room. The locations of the accelerometer
and the microphone are presented in Table 2.
Table 2: Grid points on the walls, ceiling and floor for the
accelerometers and the microphone.

Grid points near the corners
accelerometers on the room surfaces
X
Y
Z
Figure 2: A tapping machine stipulated to be used according
to the standard ISO 16283-2:2015.

for

0.30 m 3.90 m
0.25 m 2.03 m
0.25 m 2.45 m

Grid mid points coordinates on the room
surfaces for the accelerometers
X
Y
Z

2.10 m
1.14 m
1.35 m

Location of the microphone
X: 2.1 m, Y: 0.25 m, Z: 1.35 m

Figure 3: Measurement set up for measuring of the transfer
function between the point that will excite the floor and the
position of the shock accelerometer.

3.2 Measurement building M
In order to evaluate the tapping machine´s transfer
function, the corresponding FRFs were extracted from
measurements made using an electrodynamic shaker, an
impact hammer as well as the modified tapping machine.
The excitation with the modified tapping machine was
made with just one tapping hammer (the middle) out of
all five tapping hammers. The purpose is to use the exact
same excitation point for all devices, in order to compare
the same point to point transfer functions. Due to that
only one out of five hammers was used; the excitation
frequency became 2 Hz instead of the standardized 10
Hz.
Excitations were also conducted using an impact ball
[13]. However, since the force is not measured during an
impact ball excitation, FRF comparisons cannot be
made.

Figure 4: The electrodynamic shaker set up in the room above.

In order to have high quality transfer function data,
measurements on the test object is also made by
excitation with an electrodynamic shaker. The excitation
force and acceleration at the excitation point were
measured with an impedance head. Two different forces;
10 N and 30 N peak values, are used to check for
potential nonlinearities in the transfer functions.
The excitations with the impact ball and the impact
hammer were made as five blocks with five excitations

WCTE 2016 e-book | 2891

in each block. After each block, the excitation operator
moved 1/5 of a full circle around the excitation point.
The purpose was to check for repeatability when the
excitations are made in a field measurement
environment, and the sensitivity of the measurements
due to the operator´s position.
In the final tests, measurements with excitation using the
tapping machine instrumented for measuring impact
forces with the one active tapping hammer were made.
The FRFs stemming from measurements made using all
the excitation devices should ideally be the same.
The FRFs for the tapping machine and the modal
hammer are here extracted using the H1 estimate:
𝐻𝐻1(𝑓) =

𝑆𝜕𝜕𝑦𝑦 (𝑓)
𝑆𝜕𝜕𝜕𝜕 (𝑓)

(1)

Where Syy is the cross spectral density of the input and
output, and Sxx is the auto spectral density of the input.

4 RESULTS
4.1 Force transducer
The FRF between the impact from the hand held modal
hammer and the accelerometer on the hammer of the
tapping machine is presented in Figure 5. The frequency
response is close to constant up to approximately 1300
Hz for the hammer used in these measurements. The
range covers with margin the low frequency range
targeted here.

Figure 6: Force to sound pressure FRF comparison for
different excitation devices. For the shaker, the mean FRF
result of the 10 N and 30 N excitations are presented. For the
impact hammer, a hard plastic tip was used.

Figure 7: Force to sound pressure FRF comparison for
different excitation devices. For the shaker, the mean FRF
result of the 10 N and 30 N excitations are presented. For the
impact hammer, a hard plastic tip was used.
Figure 5: Upper: The average frequency response of
measurement made using a hard plastic tip on an impact modal
hammer. Lower; the corresponding coherence.

4.2 Measurements in the M-building, force to sound
FRFs
The mean values of the force to sound pressure
measurements, for all three excitation devices are
presented in Figure 6 and Figure 7. The deviations from
the mean are shown in Figure 8.

There are differences between the FRF-signals; in high
frequency there is clearly an offset between the FRF
stemming from the impact hammer and the FRFs related
to the modified tapping machine and the shaker.
Structural nonlinearities are evident in the data.
Measurements were made with both 10 N and 30 N force
amplitude in stepped sine excitations. The comparison is
shown in Figure 9. It can be seen that there are frequency
ranges with different frequency responses and ranges
with identical ones.
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Figure 8: Deviations from the average for the excitation
devices.

Figure 9: FRFs; the sound pressure due to the excitation force,
for 10 N and 30 N forces.

A separate plot of the percentage deviation of the
magnitude of the FRFs stemming from the 10 N and 30
N excitations with a shaker, compared to the highest
peak value for the 10 N case is presented in Figure 10. It
can be seen that the most significant differences,
indicating nonlinearities, occur below 100 Hz and is
decreasing as the frequency increases. The highest peak
equal to 13.6 % corresponds to approximately 1.1 dB
difference in the narrow band sound level response for
the 30 N FRF compared to the 10 N FRF. Above 100
Hz, the largest difference is 3.5 % which corresponds to
about 0.3 dB deviation between the excitation levels.

Figure 10: FRF difference, in percentage, for the 30 N sine
excitation with shaker compared to highest peak in the 10 N
sine excitation FRF.

Figure 11: FRF between the excitation force and sound
pressure for the impact hammer excitation together with the
standard deviation between five measurement blocks, between
which the operator moved 1/5 of a circle around the excitation
point.

The impact hammer measurements´ results are presented
in Figure 11. It is seen that the largest differences in
standard deviation between the measurement blocks
occur in low frequencies, mainly below 50 Hz. The
largest FRF standard deviation for the impact hammer
tests is here approximately 16.9 % at 23 Hz. This
deviation corresponds to a sound pressure of 1.36 dB.
The results from the corresponding measurements in five
blocks of excitation using an impact ball are presented in
Figure 12. The corresponding standard deviation is less
for the impact ball measurements compared to the
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impact hammer measurements. The largest standard
deviation for the impact ball measurements corresponds
to 4 % of the average sound pressure which at 23 Hz
corresponds to 0.34 dB in sound pressure level. Since the
procedure was the same for both the impact hammer and
the impact ball, the results indicate that the location of
the operator around the excitation point did not have a
significant influence on the transfer functions. Instead
the results show that most of the standard deviation with
the impact hammer stems from the variation in impact
force.

Figure 13: The eigen mode at 13 Hz. The floor and ceiling
have dominating vibrations in most studied frequencies.
However, here significant responses of the interior walls are
evident as well.

Figure 12: Average sound pressure stemming from
measurements with an impact ball together with the standard
deviation between five measurement block. Between each block
the operator rotated 1/5 of a circle around the excitation point.
The Measurement time was 5.12 s and the resolution 0.195 Hz.

Mobility FRFs are calculated using the data from the
accelerometers for both the 10 N and the 30 N shaker
excitations. The difference of the 30 N FRF compared to
the 10 N FRF for each frequency compared to maximum
10 N FRF value was calculated in percentage and is
presented in Figure 14.

4.3 Force to acceleration FRFs stemming from
measurements in the M-building.
From the measurements, FRFs between accelerations
and the impact force were calculated and from the FRFs,
eigen modes were extracted. Some eigen mode shapes
with strong responses for the structure in the low
frequency range are presented in Table 3. In Figure 13,
the shape for the 13 Hz mode is presented showing the
relation of the responses of the walls and the ceiling.
Table 3: Some extracted eigen modes.
Frequency
[Hz]
11.0
13.0
15.2
16.5
18.2
35
83

Mode / response shape
First bending mode of floor
High corridor wall response, besides
side walls and floor
Second bending mode of floor
High side wall response besides floor.
Floor together with suspended ceiling
compression mode
High response in floor.
High side wall response, besides floor.

Figure 14: Average, mobility magnitude deviation for the 30 N
shaker excitation for all accelerometers in the room, compared
in percentage, to the maximum level for the 10 N excitation.

The corresponding calculation for the impact hammer
measurement blocks is presented in Figure 15.
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hammer measurements is approximately 880 N. The
excitation force stemming from the impact ball was not
measured but the transient force shown in the standard
ISO 10140-5:2010 [13] measured on a hard concrete
floor is approximately 1500 N and the total time of the
positive part is 20 ms. The transient peak values of the
tapping machine, at the measurement, were around 870
N.

5 CONCLUSIONS

Figure 15: Measurement with the impact hammer excitations
for all accelerometers in the room, showing the average
standard deviation for the average motilities of the
measurement blocks, in relation to the maximum value for each
FRF measurement.

Figure 16: Standard deviation for five measurement blocks (5
excitations in each block), stemming from impact hammer
excitations. The measurement time was 5.12 s and the
resolution 0.195 Hz.

In order to know the variation between the averages of
the measurements blocks using the impact hammer, the
standard deviation between the force spectrum blocks is
calculated, see Figure 16. The maximum standard
deviation for the FRF differences is about 4%. The
standard deviation for the measurement blocks compared
to the force average is approximately 14.5% at the
maximum level which implies that a 14.5% change in
impact force gives approximately a 4% difference in the
FRFs. The average transient peak force for the impact

The nonlinear response, shown within the low frequency
range, due to the varying force contents makes it relevant
to compare the excitation amplitudes. The force of the
impact ball is not measured in this measurement
campaign. In a previous project, impact sound
measurements were made with an impact ball and a
tapping machine applied to the same measurement
objects [8], see Figure 17. The resulting spectrum, in 1/3
octaves, shows the difference for the tapping machine
normalized impact sound pressure level L´n values [4]
and the Fast maximum weighted (125 rms max) impact
ball values, Li,FMax. Although the measurement units are
different, it shows the response due to the excitation
characteristics. The impact ball generates significantly
more energy in the low frequency range. The 20 dB
difference between the impact sound devices, ball and
impact hammer, corresponds to a linear difference of
approximately 10 times in terms of force and velocity
responses.

Figure 17: Impact sound insulation measurements, average
difference between impact ball and tapping machine
measurements, in the M building and another light weight
wooden building N-building. Measurements were made with
excitation from the rooms above and the receiving rooms had
the same furnishing conditions during both the impact ball and
the tapping machine measurements.

Here, a tapping machine instrumented with a shock
accelerometer has been used. By measuring the
excitation force generated by the tapping machine,
transfer functions can be achieved.
The excitations and the corresponding transfer functions
stemming from the modified tapping machine were
compared with the counterparts stemming from an
electrodynamic shaker and an impact hammer.
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The results stem from measurements made in one
building which makes it not possible to generalize the
results. However, they show that the structure behaves
non-linear. Thus, the FRFs are depending on excitation
force characteristics. Here, excitations with an
electrodynamic shaker showed that the changing from 10
N to 30 N sine excitation gave a difference in response
corresponding to 1.1 dB. The excitation with impact
hammer gave a highest deviation of 1.36 dB for the
corresponding standard deviation between the average
values.
The most clear evidence of nonlinearities are here seen
below 100 Hz. This is the range that has shown to be
important for subjective perception of impact sound in
light weight wooden joist floor buildings [3]. Since the
hearing phone curves is narrower in low frequencies
[14], nonlinearities and measurement precision may have
more significance in lower frequencies.
This implies that the excitation force and frequency
characteristics should be in the similar range as real
impact forces in order to have correct FRF
measurements. The impact ball is close to real human
excitation in low frequencies but lack the feature of
measuring the force [5].
Here, the accelerometers gave the possibility to extract
vibro-acoustic data at the same time as the acoustic
measurement was made. Further, low frequency
transmission paths, natural frequencies and visualization
of the results were extracted from the data.
Using a tapping machine for FRF-measurements may
still be a good idea; however it requires a check that the
structure is linear in the range of interest. This is not
done today with the tapping machine since it has high
accuracy in repeatability of the excitation. A check for
nonlinearities
requires
different
excitation
characteristics. For instance, to exchange the tapping
machine with different tapping hammer surfaces (for
instance rubber coverings seen in Annex F in ISO
14140:5 [13]), and possible exchangeable weight could
be a potential way forward.
Also, reversing the use of Dodd [10], measuring impact
sound transmission and the impact force, should then
reduce the need of measuring air borne sound insulation,
if having a standard tapping machine that measures
forces at impact. Further, in concrete buildings and in
higher frequencies, with less nonlinearities, the standard
tapping machine may increase its capabilities in terms of
transfer path, transfer functions and mode shape analyses
if it is equipped with sensors to estimate the forces.
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NUMERICAL METHODS FOR PREDICTING VIBRATIONS IN MULTI
STOREY WOOD BUILDINGS
Ola Flod n1, K nt P rsson2, G ran Sand r

3

ABSTRACT: To design multi-storey wood buildings of adequate performance regarding noise and disturbing vibrations,
it is desirable to have methods for predicting effects of structural modifications prior to construction. In this paper, the
issues involved in obtaining reliable and computationally efficient numerical models are discussed. An overview of
published research is given and ongoing research is presented.
KEYWORDS: Multi-storey buildings, Wood, Vibrations, Finite element method, Model validation, Model order
reduction

1 INTRODUCTION 123
Compared to buildings with heavier load-bearing
systems, it is more difficult to build lightweight structures
in such a way that noise and disturbing vibrations are
avoided. Multi-storey wood buildings are examples of
lightweight buildings, traditionally constructed using
low-stiffness panels mounted on high-stiffness beams.
Many of the residents in such buildings perceive the
impact sound as annoying even though the buildings fulfil
the requirements for sound insulation, see for
example [1-7]. Examples of impact sources in residential
buildings are footfalls and dropped objects. Residents
often describe the noise caused by the impacts as
low-frequency “thumps” [1]. An illustration of
transmission paths for impact sound is shown in Figure 1.
In [2], a number of buildings were investigated by
measuring sound insulation parameters according to ISO
standards and collecting subjective ratings of the
residents. The ratings indicated a high degree of
annoyance to impact sound for those living in traditional
wood buildings. Moreover, the correlation between
impact sound insulation and annoyance as perceived by
the residents was weak for such buildings. The impact
sound insulation was measured according to ISO 16283-2,
which accounts for frequencies above 50 Hz. The
correlation was improved considerably by changing the
lower limit of the frequency range to 20 Hz. These
observations emphasises the need for improved lowfrequency impact sound insulation in wood buildings.
To design buildings of adequate performance regarding
noise and disturbing vibrations, it is desirable to have
methods for predicting effects of structural modifications
prior to construction. Testing prototypes and performing
1

Ola Flodén, Department of Construction Sciences,
Lund University, P.O. Box 118, SE-221 00 Lund, Sweden.
E-mail: ola.floden@construction.lth.se

Figure 1: llustration o impact soun transmission in
residential buildings. ‘D’ denotes direct transmission path and
‘F’ denotes flanking transmission paths.

experiments is both time-consuming and expensive. A
time- and cost-effective alternative is to employ
numerical models for the predictions. In the development
of such models, it is necessary to perform validations to
experimental data to ensure that the predictions are made
with sufficient accuracy. The finite element (FE) method
is suitable for creating the numerical models as it can be
used for problems involving complex geometries and
many details, which is the case for the sound transmission
in wood buildings. The numerical models easily become
very large, exceeding the limits of computer capacity,
at least for computations to be performed within
reasonable time. The computational efficiency can be
improved by employing model order reduction, which
2 Kent Persson, Department of Construction Sciences,
Lund University, P.O. Box 118, SE-221 00 Lund, Sweden.
3 Göran Sandberg, Department of Construction Sciences,
Lund University, P.O. Box 118, SE-221 00 Lund, Sweden.
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reduces the size and computational cost of the models
without affecting the accuracy appreciably.
Since low-frequency noise from impacts is an apparent
cause of annoyance for residents in multi-storey wood
buildings, it is of particular importance to enable its
prediction. The prediction of an acoustic pressure field
can be divided into three parts: 1) predict the force caused
by the impact source, 2) predict the transmission of
vibrations from the location of the impact to the receiving
room, and 3) predict the acoustic pressure field caused by
the vibrations in the ceiling, walls and floor of the
receiving room. In [8], numerical studies employing a
2D FE model showed that the acoustic pressure field in
the rooms of multi-storey wood buildings has negligible
effect on the transmitted vibrations. Hence, the second
part of the prediction can be carried out independent of
the third part. The research discussed in this paper focuses
on the second part in the prediction.

uil ing system an
Figure 2: llustration o the
elastomer locks separating the mo ules

the

1.1 AIM AND OBJECTIVE
The aim of the ongoing research is to improve the
vibroacoustic comfort for residents in multi-storey wood
buildings. To accomplish this, numerical models for
predicting low-frequency vibrations in such buildings are
developed for use in the design process. The objective is
to create accurate and time-efficient models by validating
them to experimental data and performing model order
reduction of substructure models. Furthermore, the
experimental and numerical studies contribute to an
increased knowledge about the physics governing the
vibration transmission. This facilitates the development of
vibration reduction measures.

Figure 3:

e ore transportation to construction site

example of such a building system is TVE buildings,
which have increased their market share in Sweden
substantially during the last decades.

1.2 OUTLINE

2.1 TIMBER VOLUME ELEMENT BUILDINGS

Different matters related to the development of numerical
models for predicting vibrations in wood buildings are
discussed in the paper. An overview of published research
is given and ongoing research is presented. In Section 2,
building systems in wood are discussed, focusing on
timber volume element (TVE) buildings, which are used
as example case in many of the studies discussed in the
paper. In Section 3 and Section 4, literature reviews and
ongoing research related to validation and reduction of the
numerical models are presented. Examples of studies
using the models of wood buildings for engineering
applications are presented in Section 5.

The conceptual layout of a TVE building is illustrated in
Figure 2. Each TVE contains, for example, a small
apartment or one room of a larger apartment. The floor,
the ceiling and the walls consist wood-frames covered
with particleboards or plasterboards or both. As much of
the construction work as possible is performed at the
factory, including electrical installations, flooring,
wardrobes etc. An example of a TVE is shown in Figure 3.
At the construction site, the prefabricated TVEs are
stacked to form a complete building. In between the
TVEs, elastomer blocks are placed to reduce the vibration
transmission between storeys. The only additional
connection is through a number of steel tie plates,
ensuring the global stability of the building.

2 MULTI STOREY WOOD BUILDINGS
The building systems for multi-storey wood buildings can
be divided into three types [9]: 1) column-beam systems,
2) plate systems, such as cross-laminated timber (CLT)
buildings, and 3) traditional wood-frame systems, where
low-stiffness panels are mounted on frames of wood
beams. A trend towards a higher degree of prefabrication
has been observed in Sweden in recent years [9].
Traditional wood-frame systems are attractive from this
perspective as they allow for a high degree of
prefabrication; their load-bearing system can be divided
into prefabricated volume elements and the light weight
allows for transportation of rather large elements. An

3 MODEL VALIDATION
In order to validate a model, there are a number of steps
to be taken. First, the use and purpose of the model have
to be defined so that appropriate validation requirements
can be established and validation experiments can be
carried out. The validation requirements specify the
degree of accuracy for which the model is considered
validated when comparing its predictions to the validation
experiments. Having defined the use and purpose, an
initial computational model has to be created by deciding
on conceptual assumptions, mathematical descriptions
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and numerical implementations. By performing
calibrations and correlations, for example tuning material
parameters and modifying connection models, the goal is
to improve the model until it is able to generate
predictions fulfilling the validation requirements. An
introduction to model validation in structural dynamics
can be found in [10-13] where the steps mentioned above
as well as methods for modelling variations and
uncertainties are discussed. An example of a validation
procedure is presented in [14].
Ultimately, the purpose is to use the models discussed
here for predicting acoustic pressure fields caused by
impact sources. The pressure field will be predicted based
on the vibrations in the ceiling, walls and floor of the
rooms. Consequently, the use of the models discussed
here is to predict the structural vibrations in the receiving
room. The required accuracy of the predictions depends
on the specific use of the model. If absolute vibration
levels are sought, the requirements are likely to be
different compared to situations where comparative
studies are performed, for example investigating the
relative effectiveness of different vibration reduction
measures. No reliable models for predicting impact sound
transmission in wood buildings exist as of today. The
focus of today’s research is therefore not on performing
pure validation tests, but rather on investigating the effect
of making different conceptual choices in the models and
on how to consider uncertainties and variations in the
models. Nevertheless, it is important to keep in mind the
ultimate use of the models so that the investigations are
relevant and contribute to developing models that
eventually can be validated against measurements on real
buildings.
A conceptual assumption made in all the publications
referenced in Section 3.1 is that the vibrations are of small
amplitudes, so that any geometric or material
nonlinearities can be neglected and linear models can be
employed. The assumption is made because loads caused
by impact sources in residential buildings, such as
footfalls and dropped objects, are of relatively low
amplitude. The dynamic behaviour of wooden building
structures is rather complex due to the periodic structure
of wood-frames and due to the many interfaces between
beams and plates. This results in a need for a detailed
description of the geometries, making the FE method a
suitable choice for numerical implementation of the
models. The FE models easily become very large,
implying a need for model order reduction to improve the
computational efficiency. This matter is discussed in
Section 5.
3.1 LITERATURE REVIEW
There are a number of publications regarding correlation
and validation of numerical models for predicting
vibration transmission in wood buildings. Some
publications, for example [15-18], discuss all steps in the
prediction, including the impact force, the transmission
through the building structure and the resulting acoustic
pressure field in the receiving room. Those publications
aim at developing computational models describing the

standardised tests of impact sound insulation, in which a
tapping machine is used as vibration source. In other
publications, for example [19-27], the focus is on
predicting the dynamic behaviour of the building
structures.
In [15], FE models for predicting the impact sound
generated by a tapping machine were developed and
tested against results from laboratory measurements. The
models considered, for example, air and insulation inside
cavities between floor and underlying ceiling and the
interaction between tapping machine and floor structure.
Calibrations were performed for parameters of material
models and of connection models by running an
optimisation scheme, where the objective function was
based on the difference between mobility functions from
simulations and measurements. Probabilistic models were
established for the calibrated parameters and included in
stochastic models of the buildings structures. Monte Carlo
simulations were used for the stochastic models to
determine the variations of the output. The acoustic
pressure field in the receiving room was predicted using
the vibrations in the ceiling surface as boundary
conditions, assuming a one-way coupling. The predictive
capabilities of the numerical models were tested by
performing laboratory studies with a setup similar to that
in Figure 1, having a wooden floor-ceiling structure
separating the two stacked rooms. The velocities in the
ceiling surface and the impact sound pressure level in the
receiving room were studied in the frequency-domain for
third-octave bands up to 200 Hz. Results from
measurements and modelling were presented, the latter
both for a deterministic model and for a stochastic model
in terms of confidence intervals. Although the predictions
display trends similar to the measured ones, they are not
convincing around the first resonance frequency. It is not
possible to point out any dominating source of error as no
eigenvalue analyses are presented and since the thirdoctave bands can comprise several resonances. An
important conclusion from the studies is that the predicted
force spectrum of the tapping machine can be regarded as
deterministic, so that the force spectrum can be calculated
by using a deterministic model of the floor. In [16], a
similar study is presented. It focused on the prediction of
the force spectrum, the modelling of the damping and the
calculation of the acoustic pressure field, while less
attention was given to the FE modelling of the structure.
As in [15], the pressure field in the receiving room was
assumed to not affect the structural vibrations and it was,
hence, calculated by using the vibrations as boundary
conditions. Predictions of impact sound levels are
presented in third-octave bands between 50 and 2000 Hz
and compared to measurement results for similar floors,
tested in different laboratories. The measured impact
sound levels are presented in intervals calculated as the
mean value ±2 standard deviations, resulting in ranges of
up to 15 dB per third-octave band. It is therefore difficult
to draw any conclusions regarding the accuracy of the
predictions. In [17], a CLT floor was investigated,
focusing on the FE modelling of the floor and on the
prediction of the radiated sound power in the receiving
room. The floor consisted of a number of CLT plates, the
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connection between them being modelled with linear
springs. Calibration of the spring stiffness and of the wood
properties were performed by employing an optimisation
scheme based on the error between simulated and
measured eigenfrequencies. The prediction of radiated
sound power was validated by measuring both the sound
power and the velocities in the ceiling surface. The
measured velocities were used as input to predict the
measured sound power, with good accuracy as a result.
The results of the FE simulations were compared to
measurement data in terms of the measured sound power
levels, resulting in similar trends. However, the
measurements displayed a more resonant behaviour with
a number of their frequency peaks not being captured in
the simulations. All results are presented in terms of
frequency response functions, but the type of load is not
stated, neither is its spatial distribution. The parameters
resulting from the calibration in [17] are presented in [18]
along with an investigation regarding the effect of air in
the cavity between the floor and its suspended ceiling. The
conclusion was that it is necessary to model the air using
acoustic fluid elements since simpler spring
representations are insufficient to capture the resonant
behaviour of the air cavity.
In [19], the modelling of low-frequency vibrations in
wooden T-junctions (intersections between wood beams
and particleboard plates) was investigated by comparing
different FE models to each other and to measurements on
four mock-ups of T-junctions. All comparisons were
made in terms of eigenmodes and eigenfrequencies. The
effect of modelling the screws and the glue between plates
and beams in different ways was studied. It was, for
example, concluded that when glue is used in the
connection between plate and beam, it is valid to assume
full interaction between them in FE models by
constraining their respective degrees of freedom (dofs) to
each other. This conclusion is supported by the results
in [20], were experimental and numerical modal analyses
were carried out for a wooden floor-wall structure. The
structure in [20] had screwed and glued junctions between
particleboards and beams. A good correlation in
eigenfrequencies and mode shapes was observed for the
first eigenmodes of the structure. The experimental
structure is shown in Figure 4 and the first eigenmode
from simulations is shown in Figure 5. No alternative
ways of modelling the junctions were tested, which
possibly could have improved the results further. An
alternative junction model is introduced in [21] and
employed in [22, 23]. It is based on the concept of
withdrawal and slip moduli for the junctions. The two
moduli represent the linear elasticity of the junction in the
axial and in-plane directions. Although it may be needless
to model the elasticity in the junctions between
particleboards and wood beams, as concluded in [19],
there are other junctions in wooden building structures
where it can be necessary to consider the elasticity. An
example is the junctions between wood beams and
plasterboards in ceilings and walls since the plasterboards
typically are screwed to the beams without any glue inbetween. In [22], FE models were developed for
predicting the fundamental frequency of wooden floors.

Models were created for 22 experimentally tested floors.
All floors consisted of wood-frames covered with
plywood or oriented strand board, some of them having
lateral reinforcement between the wood beams. Material
properties of the wood beams were determined from
measurements on each beam. Values of the slip modulus
were taken from literature wheares the withdrawal moduli
were determined from static measurements on several
types of connections. Sensitivity analyses showed that the
fundamental frequency was insensitive to changes in the
withdrawal modulus. The slip modulus, however, had a
larger effect on the frequency. Similar models were
developed in [23], but without measuring the material
properties of each beam. The correlation in eigenmodes
and eigenfrequencies was studied for the first five modes
of six experimentally investigated floors. It was
concluded that modelling the elasticity of the junctions
and of the supports, was important for improving the
accuracy. The correlation in eigenfrequencies for the final
models was, however, relatively poor.
In [24], a FE model was created for an experimental
wooden assembly consisting of a floor connected by
elastomers to three underlying walls. The elastomer
junction in the assembly resembles the sort found in TVE
buildings. The simulated eigenmodes were compared to
results from an experimental modal analysis.
Discrepancies between the two sets of mode shapes were
identified., For example, the building parts were
interacting more in the experimental mode shapes. The

Figure 4: he e perimental
in estigate in

oo en

loor- all structure

Figure 5: he irst eigenmo e rom simulations o the oo en
loor- all structure in estigate in
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authors pointed out the modelling of the elastomers as a
likely source of error. The elastomers were modelled as
spring-dashpots in three directions, not taking the
rotational stiffness into account and neglecting any
frequency-dependence of the elastomer properties.
In [25], an elastomer junction similar to the ones found in
many wood buildings was studied experimentally and
numerically for frequencies below 100 Hz. The junction
consisted of an elastomer strip connected to steel parts on
two sides. The steel parts had eigenfrequencies well above
the 100 Hz limit. Numerical modal analysis of the setup
showed that using the static stiffness of the elastomers
resulted in large errors, leading to the conclusion that it is
necessary to consider the dynamic properties of the
elastomers. In [26], a procedure for determining
frequency-dependent
viscoelastic
properties
of
elastomers was presented. The procedure combines
results from FE analyses with experimental data provided
by manufacturers. The experimental data depend on the
geometry of the tested elastomers and on the boundary
conditions applied during the tests. The procedure can be
employed to extract material properties from such data.
This allows for the creation of three-dimensional and
frequency-dependent models of the elastomers, without
the need to perform calibrations for each specific shape
and set of boundary conditions. The use of threedimensional models naturally accounts for the rotational
stiffness of the elastomer junctions.
The illustration in Figure 1 shows examples of
transmission paths for vibrations originating from impact
sources. The studies in [15-18] have in common that they
consider only the direct transmission and neglect the
remaining paths. As of today, there are no studies
investigating the effect of neglecting the transmission to
the walls, which is likely to contribute to the sound level
in the receiving room. Also, neglecting the walls
introduces errors in the boundary conditions for the floor
and the ceiling. Another uncertainty as of today is how
the air and insulation in cavities of the buildings should be
modelled in order to accurately predict the vibration
transmission. In [18], it was concluded that it is necessary
to model the air using acoustic finite elements in order to
predict the transmission from a CLT floor to its suspended
ceiling. The connections between the CLT floor and the
ceiling are very different from the connections in a TVE
building, in which the floor is separated from the ceiling
so that the shortest transmission path is through the
elastomers placed between the walls of the different
storeys. Another difference between the structures is that
the cavities in TVE buildings contain insulation, whereas
the cavity in the structure studied in [18] comprised only
air. The effect of modelling air and insulation in cavities
of TVE buildings was investigated in [27]. It was
concluded that modelling the air and insulation by using
acoustic finite elements had a marked effect on the
vibration transmission from a floor to the ceiling and
walls of the storey below. It was, however, not
investigated if simpler models of the acoustic media, such
as a spring-dashpot representation, could be used to
predict the transmission.

Figure 6: he oo en uil ing structure in estigate in an
ongoing project carrie out y the authors o this paper

3.2 ONGOING AND FUTURE WORK
There are several uncertainties to be investigated before
reliable numerical models for predicting vibration
transmission in multi-storey wood buildings can be
established. An example is the effect of variations
between nominally identical structures caused by, for
example, the material properties of wood and the
mechanical properties of junctions, which depend on the
workmanship. The variations can be accounted for in the
models by using probabilistic parameters. However, this
increases the computational cost significantly, so it should
be carefully investigated how the variations should be
modelled. Another uncertainty that needs to be addressed
is the effect of details such as windows, floors, surface
layers and furniture. Moreover, and as mentioned above,
it remains to be investigated how much of the buildings
geometry that needs to be included in the models to obtain
realistic boundary conditions and to account for all the
possible sound radiation sources in the receiving room.
The different uncertainties can be investigated by
performing sensitivity analyses. An example is to
propagate the probabilistic distributions of material
properties through an FE model in order to study the
distribution of the output. In order to perform the
sensitivity analyses, it is necessary to develop a
deterministic model to use as benchmark model. In an
ongoing project carried out by the authors of this paper,
the aim is to establish such a model. The model is being
developed by performing calibration and correlation
experiments for a wooden building structure representing
parts of two stacked rooms in a TVE building. A drawing
of the structure is shown in Figure 6. It includes a floor in
the upper room, a ceiling in the lower room and walls in
both rooms. The only connection between the two stacked
rooms is through a number of elastomer blocks. The
structure was scaled-down in size compared to real
buildings, the scaling procedure being described in [28].
Further research is required for the modelling of acoustic
media in cavities. The results in the literature discussed in
Section 3.1 indicate that it is necessary to consider the
acoustic media. It remains to determine how they should
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be modelled, for example: which porous material models
should be employed, in which parts of the buildings do
they need to be considered, and can their effect be
accounted for in a simpler manner than using acoustic
finite elements. Involving acoustic finite elements
increases the computational cost significantly and should
therefore be avoided if possible.

4 SUBSTRUCTURE MODELLING
Substructure modelling is a methodology frequently used
for reducing large numerical models. The methodology is
illustrated in Figure 7. It is based on the division of
structures into substructures, which are reduced in size
and assembled to form reduced global models.
In structural dynamic analysis, substructure modelling
provides a flexible and practical framework, enabling a
combination of full numerical models and reduced order
models of the substructures. The framework also allows
for integration of experimental substructures represented
by measured data into assemblies of numerical models.
For a description of the historic development of
substructuring and a classification of methods, see [29].
The computational cost of analysing models of the sort
described in Section 3.1 varies and is a consequence of the
physical phenomena considered in the models as well as
the level of details and the discretisations in both space
and time (or frequency). Some models can be analysed on
desktop computers in the matter of minutes, whereas
others require days to be analysed even with the use of
modern computer cluster. It is, however, beneficial to
reduce the computational cost regardless of whether the
analyses takes minutes, hours or days, as the reduction
allows for a greater number of analyses of the models.
A reduction in computational cost is especially valuable
when developing vibration reduction measures since short
computation times enables the use of optimisation
algorithms that require a large number of analyses.
A reduction also allows for more extensive parameter
studies to be performed, which in turn can facilitate the
understanding of the physics involved in the vibration
transmission.
The division into substructures of FE models of wood
buildings can be performed in many different ways. The
choice of the partitioning affects the computational
efficiency of the reduced global model. It also affects the
computational cost involved in establishing the reduced
basis for each substructure. All methods for model order
reduction involve analyses of the full model for
establishing the reduced basis. Consequently, a benefit of
substructure modelling is that it enables reduction of
models that are too large for analyses to be feasible, since
the substructures can be reduced independent of each
other. The division into substructures should be
performed with the model use in mind. For example, if the
model is used for parametric studies of a specific detail in
the building, it can be suitable to consider the detail as a
separate substructure. The reason is that changing the
parameters of the detail affects only that substructure,

Figure 7: llustration o mo el or er re uction through
su structure mo elling

whereas the remaining substructures are unaffected and
can be reused without recalculating the reduced bases.
4.1 LITERATURE REVIEW
In [30], different methods for model order reduction were
applied to FE models of wooden building structures,
without considering the acoustic media. A wide range of
methods for model order reduction were, for two example
models of wooden floors, compared in terms of their
effect on the relative error in eigenfrequencies and in
amplitudes of transmitted vibrations. The two floor
structures that were studied are of the type used in TVE
buildings, i.e. primary wood beams supporting a
particleboard plate. In the reduced models, the physical
dofs were retained at the interfaces where such floor
structures could be connected to the surrounding walls.
The retained physical dofs were, for some of the reduction
methods employed, complemented by sets of generalised
dofs. The computational efficiency of the reduced order
models depends on the number of retained physical dofs
at its interfaces. For substructures having a large number
of such dofs, interface reduction methods can be applied
to improve the computational efficiency. In [31], different
methods were compared when being applied to interfaces
between wooden building structures and elastomers. As in
[30], the acoustic media in cavities were not considered.
The example case studied was an FE model of a wood
floor and an underlying wood ceiling, connected through
a number of elastomer blocks. The floor-ceiling structure
resembles the ones found in TVE buildings. It was found
that a significant reduction in the number of interface dofs
was possible without affecting the accuracy appreciably,
provided that suitable methods are employed. Together,
the results in [30] and [31] can be utilised to create
computationally efficient assemblies of substructure
models of wooden building structures. In [15], an FE
description of the acoustic domain was used in the model
of a floor-ceiling structure. The model was reduced by
calculating the reduced bases of the structural and
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acoustic domains separately and coupling those bases.
No results were, however, presented regarding the effect
of the reduction on the computation time and accuracy of
the model under study.
4.2 ONGOING AND FUTURE WORK
In ongoing research by the authors, it is investigated how
the reduction of interfaces between elastomers and
wooden structures (as discussed in [31]) can be
supplemented with a reduction of internal dofs of the
elastomer models. Through such a reduction, the idea is
to replace the FE models with coupling elements
represented by only a few dofs that can be used for
assembling substructure models of the wooden building
structures. The coupling elements account for the
frequency-dependent properties as well as different types
of deformations (bending, shear and torsion) of the
elastomers. The computationally efficiency of the
coupling elements is comparable to conventional linear
spring-damper models when performing steady-state
analyses of the substructure assemblies.
As research on how to model acoustic media in cavities of
wood buildings proceeds, there is a need to investigate
different methods for integrating those models into
assemblies of reduced substructure models. The approach
adopted in [15], where FE models including both
structural and acoustic domains were reduced by
considering the two domains separately, is not necessarily
the most efficient. An alternative is to include the floor,
the ceiling and the acoustic media in a single substructure.
The reduced basis of that substructure is then constructed
through analyses of the coupled structure-acoustic
system. There is always a trade-off between accuracy and
computational cost when creating a model, made with the
model use in mind. Increased knowledge regarding the
accuracy and computational cost associated with different
methods for reducing the structure-acoustic models will
facilitate the choice of methods.

ENGINEERING APPLICATIONS
Once validated models are established and efficient
enough for analyses to be feasible, they can be employed
for predicting the effects of structural modifications. As
of today, most of the studies regarding the efficiency of
vibration reduction measures in wood buildings are purely
experimental, see for example [32]. A numerical study
was, however, performed in [33] by employing a model
based on the results in [30, 31]. In that study, it was
investigated to which extent different designs of
elastomer junctions in TVE buildings affect the
transmission of low-frequency vibrations (below 100 Hz).
Parametric studies were carried out, considering different
properties and placements of the elastomers. It was found,
for example, that a too stiff elastomer could result in an
amplification of the transmitted vibrations for certain
frequencies.

REFERENCES
[1] Hveem S.: Nordic multi-storey timber buildings for
residential housing. In: Proceedings of Internoice
2000, Nice, France, 2000.
[2] Ljunggren F., Simmons S., Hagberg K.: Correlation
between sound insulation and occupants' perception
– Proposal of alternative single number rating of
impact sound. ppl coust , 85:57-68, 2014.
[3] Forssén J., Kropp W., Brunskog J., Ljunggren S.,
Bard D., Sandberg G., Ljunggren F., Ågren A.,
Hallström O., Dybro H., Larsson K., Tillberg K.,
Sjökvist L.G., Östman B., Hagberg K., Bolmsvik Å.,
Olsson A., Ekstrand C.G., Johansson M.: Acoustics
in wooden buildings – State of the art 2008. Report
2008:16, SP Technical Research Institute of Sweden,
Stockholm, 2008.
[4] Simmons C., Hagberg K., Backman E.: Acoustical
performance of apartment buildings – Resident’s
survey and field measurements. Report 2011:58, SP
Technical Research Institute of Sweden, Stockholm,
2011.
[5] Hveem S., Homb A., Hagberg K., Rindel J.H.: Lowfrequency footfall noise in multi-storey timber frame
buildings. Report 1996:12E, NKB Work and
Committee Reports, Helsinki, Finland, 1996.
[6] Sipari P.: Sound insulation of multi-storey houses –
A summary of Finnish impact sound insulation
results. uil
coust , 7(1):15-30, 2000.
[7] Guigou-Carter C., Balanant N., Villenave M.:
Acoustic comfort evaluation in lightweight woodbased buildings. In: Proceedings of Forum
Acusticum 2014, Krakow, Poland.
[8] Andersen L., Kirkegaard P.H., Dickow K.A., Kiel N.,
Persson K.: Influence of wall surface and air
modelling in finite-element analysis of sound
transmission between rooms in lightweight buildings.
In: Proceedings of Internoise 2012/ASME NCAD
meeting, New York, USA.
[9] Stehn L., Rask L.O., Nygren I. Östman B.:
Byggandet av flervåningshus i trä – Erfarenheter efter
tre års observation av träbyggandets utveckling.
Luleå University of Technology, Sweden, 2008.
[10] Paez T.L.: Introduction to model validation. In:
Proceedings of IMAC-XXVI, Orlando, USA, 2009.
[11] Mayes R.L.: Developing adequacy criterion for
model validation based on requirements. In:
Proceedings of IMAC-XXVI, Orlando, USA, 2009.
[12] Paez T.L., Swiler L.: Probabilistic methods in model
validation. In: Proceedings of IMAC-XXVI,
Orlando, USA, 2009.
[13] Swiler L.P., Paez T.L., Mayes R.L.: Epistemic
uncertainty quantification tutorial. In: Proceedings of
IMAC-XXVI, Orlando, USA, 2009.
[14] Mayes R.L.: Model correlation and validation. In:
Proceedings of IMAC-XXVI, Orlando, USA, 2009.
[15] Coguenanff C.: Robust design of lightweight woodbased systems in linear vibroacoustics. Doctoral
thesis, Universite Paris-Est, France, 2015.
[16] Rabold A.: FEM based prediction model for the
impact sound level of floors. In: Proceedings of
Acoustics’08, Paris, France, 2008.

WCTE 2016 e-book | 2903

[17] Kohrmann M., Buchschmid M., Müller G., Völtl R.,
Schanda U.: Numerical models for the prediction of
vibro-acoustical characteristics of light-weighted
ceilings. In: Proceedings of Internoise 2013,
Innsbruck, Austria.
[18] Buchschmid M., Müller G., Kohrmann M.,
Schanda U.: Vibroacoustic investigation of lightweight ceilings – Modeling aspects and design
guidelines. In: Euronoise 2015, Maastricht,
Netherlands.
[19] Negreira J., Sjöström A., Bard D.: Low frequency
vibroacoustic investigation of wooden T-junctions.
ppl coust , 105:1-12, 2016.
[20] Flodén O., Ejenstam J.: Vibration analyses of a
wooden floor-wall structure – Experimental and
finite element studies. Masters dissertation, Division
of Structural Mechanics, Lund University, Sweden,
2011.
[21] Thomson E.G., Goodman J.R., Vanderbilt M.D.:
Finite element analysis of layered wood systems.
truct i , 101(12):2659-2672, 1975.
[22] Jiang L., Hu L., Chui Y.H.: Finite-element model for
wood-based floors with lateral reinforcement.
truct ng , 130(7):1097-1107, 2004.
[23] Weckendorf J.: Dynamic response of structural
timber flooring systems. Doctoral thesis, Edinburgh
Napier University, Scotland, 2009.
[24] Bolmsvik Å., Linderholt A., Brandt A., Ekevid T.: FE
modelling of light weight wooden assemblies –
Parameter study and comparison between analyses
and experiments. ng truct , 73:125-142, 2014.
[25] Bolmsvik Å., Linderholt A.: Damping elastomers for
wooden constructions – Dynamic properties. oo
ater ci ng , 10(3):245-255, 2015.
[26] Negreira J., Austrell P.E., Flodén O., Bard D.:
Characterisation of an elastomer for noise and
vibration insulation in lightweight timber buildings.
uil
coust , 21(4):251-276, 2014.
[27] Flodén O., Negreira J., Persson K., Sandberg G.: The
effect of modelling acoustic media in cavities of
lightweight buildings on the transmission of
structural vibrations. ng truct , 83:7-16, 2015.
[28] Flodén O., Persson K., Sandberg G.: Numerical and
experimental studies on scale models of lightweight
building
structures.
In:
Proceedings
of
IMAC-XXXIV, Orlando, USA, 2016.
[29] de Clerk D., Rixen D.J., Voormeeren S.N.: General
framework for dynamic substructuring: history,
review and classification of techniques.
,
46(5): 1169-1181, 2008.
[30] Flodén O., Persson K., Sandberg G.: Reduction
methods for the dynamic analysis of substructure
models of lightweight building structures. Comput
truct , 138:49-61, 2014.
[31] Flodén O., Persson K., Sandberg G.: Coupling
elements for substructure modelling of lightweight
multi-storey buildings. In: Dynamics of Coupled
Structures, 1:113-124. Springer Int. Publ., 2014.
[32] Ljunggren F., Ågren A.: Potential solutions to
improved sound performance of volume based
lightweight multi-storey timber buildings. ppl
coust , 72:231-240, 2011.

[33] Flodén O., Persson K., Sandberg G.: Numerical
investigation of vibration reduction in multi-storey
lightweight buildings. In: Dynamics of Civil
Structures, 2:443-453. Springer Int. Publ., 2015.

WCTE 2016 e-book | 2904

CHARACTERISTICS OF ACOUSTIC LAYERS FOR STRUCTURAL DESIGN OF
TIMBER CONSTRUCTIONS
H ndri R i h lt1, Ulri h G rhah r2, S

astian Wi d rin3, Roland Mad r n r4

ABSTRACT: Acoustic behavior is a major concern in the design phase of wooden structures. Elastic layers such as
Sylodyn® are used for several years at junctions in timber constructions to reduce low frequency noise transmission.
Results of both laboratory tests and in situ measurements prove the efficiency of the elastic layers to satisfy the
requirements of the relevant existing standards. Moreover, a big effort is done by researchers to develop accurate
acoustical prediction tools (involving accurate material properties) based on numerical methods to describe the flanking
transmission of vibrations [1]. On the other hand, both structural engineers and timber contractors face a building
component with which they are not familiar. Elastomers are designed to transmit structural forces but still provide the
required low dynamic elasticity to achieve a sufficient acoustic performance. Connection means and elastic layers have
to be installed correctly to provide a successful operating building. This paper points out how to calculate the loadbearing capacity of elastic layers based on the applied Technical Approval of Sylodyn® and it provides values of the
shear resistance of elastic junctions based on load tests.
KEYWORDS: Elastic layers, elastomer, material properties, timber construction, noise transmission

1 INTRODUCTION

Figure 1: lastic layers on tim er construction
1

Acoustic layers made of Sylodyn® as shown in Figure 1
are more and more commonly used in timber
constructions to reduce disturbing sound transmission
over the flanking parts. Depending on the design of the
floor assembly, elastic layers can be placed underneath
the wall or both underneath and on top of the walls. A
guideline when and where to use an elastic layer can be
found in [2]. The challenge in selecting a suitable elastic
layer is that the bearing on the one hand should withstand
the static loads. On the other hand, the layer should
account for certain dynamic parameters to provide a good
acoustical performance over the lifetime of the building.
Connections between floors and walls have to be carried
out in such a way that they are able to transfer the
horizontal forces by connectors and screws. Conventional
“uncoupled” connectors, which penetrate the elastic layer,
create sound bridges and reduce the acoustical
performance correspondingly. Therefor purpose-made
connectors have been designed where the rigid parts are
elastically separated from each other. Nevertheless, these
connectors are limited in transferring especially the
horizontal loads. Regarding this aspect, it is useful to take
the load transmission capability of the elastic layers into
account and design suitable constructive details.
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Additionally, when using screws in ceiling-wall junctions
with an elastic layer in between, the load capacity of the
screws cannot be calculated according to the standards.
Getzner carried out different horizontal load tests to give
a first approach to determine the resistance of a elastically
beard junctions. The results are discussed below.

2 APPLICATION AREA OF ELASTIC
LAYERS
The variety of floor and wall assemblies are enormous in
the field of timber construction. Never the less there is a
simple guideline to decide where and when to use elastic
layers in joints for acoustic reasons. This is pointed out in
[3].
Basically there are 4 different situations:
1. No suspended ceiling and no facing walls are
installed.
The elastic layers are needed on top of the floor.
2.

No suspended ceiling but facing walls are
installed.
The elastic layers are needed on top of the floor.

3.

Suspended ceilings but no facing walls are
installed.
The elastic layers are needed underneath and on
top of the floor.

4.

Suspended ceilings and facing walls are
installed.
No elastic layers are needed.

Table 1:
joints

ui eline or the position o elastic layers in tim er

1.

2.

3.

4.

One elastic layer
above the floor
slab

One elastic layer
above the floor
slab

Two
elastic
layers above and
under the floor
slab

No elastic layer

No facing wall
No susp. ceiling

Facing wall
No susp. ceiling

No facing wall
Susp. ceiling

Facing wall
Susp. ceiling

Results in [4] show that the use of suspended or
separated walls (see Table 1, 2. and 4.) are more costly
by lower acoustic performance then the solutions with
elastic layers described in 1. and 3.

3 RELEVANT CHARACTERISTICS OF
SYLODYN
The performance of elastic layers, such as Sylodyn®, is
strongly dependent on the dynamic and elastic material
properties. Different kinds of elastic materials show
different results in acoustic performance. The choice of
the appropriate material manly depends on two aspects:
On the one hand the behavior of the structure has to be
proofed at serviceability limit state (SLS) using the actual
vertical loads. On the other hand the resistance of the
structure has to be proofed at ultimate limit state (ULS) in
accordance with [5] taking safety factors into account.
The choice of the Sylodyn® type is based on the vertical
criteria at SLS. The resistant at ULS usually does not pose
a problem and can therefore be regarded in the second
step.
3.1 CHOICE OF THE ELASTIC LAYER IN THE
SLS
For the material Sylodyn® a so called “static load limit”
is defined by the manufacturer (Getzner Werkstoffe
GmbH). When long-term characteristic quasi-static
vertical loads do not exceed the static load limit of a
material it is assured that the dynamic performance does
not decrease during the life cycle of the building.
Temporary higher loads will not have a significant impact
to the material properties.
To verify the right material type the permanent existing
vertical load (σE,d.perm) and the static load limit (σR,d,perm)
are compared to each other according to [5].
𝜎𝐸,𝑑,𝑝𝑒𝑟𝑚. ≤ 𝜎𝑅,𝑑,𝑝𝑒𝑟𝑚.

(1)

Getzner provides seven different closed cell PUR
elastomers with various material stiffness to provide an
optimum sound reduction, at common load levels in the
field of timber construction.
To guide and support engineers in defining the relevant
Sylodyn® type, Getzner introduced the calculation tool
TimberCalc shown in Figure 2. https://apps.getzner.com.

Figure 2: creenshot calculation tool im erCalc

The relevant values have to be defined for each bearing
(length and width of the wall, characteristic dead- and life
load). The program selects the appropriate Sylodyn®
types and immediately provides the relevant values of
each position (material type, deflection after 1 day and 10
years, natural frequency, load capacity)
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Table 3: orm actor

3.2 RESISTANCE AT ULS
All elastomer bearings that can have an influence on the
bearing capacity of a building require an approval by a
third party in accordance with the legal document
“Bauregelliste B, Teil 1 – Ausgabe 2013/1, 1.7.2
Elastomerlager”. To accomplish a National Technical
Approval from the German DIBt (Deutsches Institut für
Bautechnik) extensive series of load tests have been
carried out under the leadership of the MPA Karlsruhe,
Germany. Based on the test results the resistance σR,d of
each material type is calculated following the
semiprobabilistic approach given in EN 1990 [5], see
values in the next chapter. Continuous internal and
external in-process tests are carried to ensure consistent
quality.
V rti al load a a ity
The static load limit of Sylodyn® is defined by the
manufacturer as the compression the bearing subjected for
decades without significant change of the dynamics
properties. The vertical deflection at the static-load limit
σR,d,perm. is approx. 10% of the unloaded thickness.
At ULS the definition of the bearing resistance has to be
based on a “failure criteria” used for the loading tests. As
there is no real failure of PUR material under compression
(as tearing or breaking) the deformation of 40 % of the
unloaded thickness has been defined as the failure criteria.
Due to the calculated safety factor (on the material side)
the actual deflection of the elastomer bearings the
permissible load capacity σE,d (=σR,d) at ULS is smaller
and can be estimated as 35% of the unloaded thickness.
Table 2: oa Capacity in

Typ
Sylodyn® NB
Sylodyn® NC
Sylodyn® ND
Sylodyn® NE
Sylodyn® NF
Sylodyn® HS 3000
Sylodyn® HS 6000

All values for form factor q = 3

an

SLS
σR,d,perm
75 kN/m²
150 kN/m²
350 kN/m²
750 kN/m²
1,500 kN/m²
3,000 kN/m²
6,000 kN/m²

ULS
σR,d
196 kN/m²
414 kN/m²
1,005 kN/m²
2,511 kN/m²
5,220 kN/m²
10,023 kN/m²
19,972 kN/m²

In lu n o th orm a tor
For elastomers like Sylodyn® the geometric shape
influencers the deformation behavior and therefore the
vertical stiffness of the bearings. This influence can be
described using the form factor q. It is defined as the ratio
of the loaded area and the area of the perimeter surfaces.

𝑞=

cuboid

cylinder

𝑤∙𝑙
2 ∙ 𝑡(𝑤 + 𝑙)

𝑞=

hollow cylinder

𝐷
4∙𝑡

𝑞=

𝐷∙𝑑
4∙𝑡

Figure 3: orm actor eha iour ylo yn

Hori ontal load a a ity
The horizontal load capacity of an elastomer bearing is
limited by the coefficient of friction and by the
permissible shear strain.
The coefficient of friction of PUR on wood can be
estimated as μ ≥ 0.5. The following formula shall be
satisfied:
𝐹𝑥𝑦𝑑 ≤ 𝜇 ∙ 𝐹𝑧,𝑑,𝑚𝑖𝑛

(1)

According

to the design concept of the technical approval
the reaction force (FR,xy,d) of the bearings under shear
deformation can be calculated as
𝐹𝑅,𝑥𝑦,𝑑 =

𝐴 ∙ 𝐺 ∙ 𝑣𝑥𝑦,𝑑
≤ 0.2 ∙ 𝐴 ∙ 𝐺
𝑡0

(2)

with the horizontal effective area (A), the shear modulus
(G), the horizontal deformation (vxy,d) and the thickness
(t0) of the unloaded bearing
The maximum permissible shear strain due to horizontal
deformation is q,d = vxy,d / t0 ≤ 1.

WCTE 2016 e-book | 2907

4 CONNECTORS
The use of elastic layers in timber structure buildings
requires special attention to the design of the junctions of
the wooden elements. Connectors with special designs
must be used to fulfil both static and acoustical demands.
Horizontal and vertical loads have to be transferred
through the junctions of walls and floor slabs and the
junctions of floor slabs to the walls beneath. Several
prototypes of elastic connectors have been introduced to
the market yet. Examples are shown in [6]. Getzner is
supporting the timber industry with different kind of
solutions to fulfil these structural, acoustic and specific
design demands. One example is an elastic angel bracket
for the wall ceiling junction, which Getzner developed
together with Simpson Strong Tie in 2009. Furthermore,
loading tests for a shear connector in a wall-ceiling
junction and screw connections in a ceiling-wall junction
were carried out and are described in the following
chapters more detail.

Figure 5: ariant
stan ar scre s

Connection

ith elastomer stripe an

Table 4: osition o elastic layers

1.

2.

Wall-ceiling junction

Ceiling-wall junction

4.1 CEILING WALL JUNCTION
In the case of common ceiling-wall junctions, the ceiling
is screwed down to the wall with partial threaded screws
in vertical direction. The main purpose of the screws is to
transmit horizontal forces for the bracing of the building.
The screws are subjected to shear loadings only and their
resistance can be calculated according to the current
standards [7].

Figure 4:
scre s

ariant

Common connection

ith

stan ar

Figure 6: ariant
stan ar scre s

a Connection ith elastomer stripe an
ith elastic ashers

Figure 7: ariant
Connection ith elastomer stripe an
stan ar scre s
an
iagonal place scre s
ith elastic ashers
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When an additional elastomer layer of comparable low
stiffness is placed between the ceiling and wall elements
the screws are subjected to substantially larger bending
loads. The horizontal stiffness of the screws and therefore
their carrying capacity might be reduced. For junctions
with an elastic gap the formulas given in the standards are
not valid so engineers cannot calculate the load-bearing
behavior. To resolve uncertainties of the calculation
loading tests on samples of ceiling-wall junctions were
carried out. The samples with different arrangement of the
screws are shown in in the following figures 4-7.
Variant 00 represents the common joint without elastic
layer and all screws in vertical direction.
Variants 01 and 01a represent junction with elastic
isolation whereas the screws of variant 01a are isolated as
well.
In variant 02 half of the screws are placed at an angle of
45 degree. The intention of this measure is to increase the
horizontal stiffness (and therefore the load carrying
capacity) of the junction and also allow the use of the
formulas given in the standards for screws under tensile
stress.
At variants 01a and 02 the screws are isolated by
application of an elastic washer and pre-drilling with a
diameter of 10 mm which provides a gap of 1 mm round
the shaft of the screws see Figure 8. This is to reduce the
transmission of vibrations by minimizing rigid
connections.

Figure 8: scre

ith elastic asher

According to [8] for the proof of the load-capacity two
main characteristics are decisive:
a. the maximum horizontal load Fmax at a
deflection of 15 mm (failure criteria) for the
derivation of the resistance at ULS
b. the secant stiffness Kser between 10% and 40 %
of the maximum load for the proof of the
deformation at SLS, see Figure 9.
The preparation of the samples and the procedure of the
shear tests was done in accordance with [8]. All samples
have a length of 1000 mm, the thickness of the ceiling
elements is 160 mm, the width of the wall elements is 90
mm. The elastic elements with dimensions of 1000 mm x
90 mm x 12.5 mm are made of Sylodyn® ND. Each test
variation was carried out on three similar samples.
All samples have been loaded and unloaded with a
constant shear deformation speed of about 0.08 mm/s in
three cycles. The shear force (horizontal force) was
applied in an angle of 9° degree so that the resulting force
goes through the center of the elastic gap, see Figure 7. As
shown in Figure 9 the maximum values of the
deformation of the three loading cycles were 5 mm,

10 mm and 20 mm. As seen in Figure 9 the unloading has
no significant influence on the path of the loading cycle.
The tests have been carried out with and without vertical
load which was applied to the test samples by four
threaded rod which were connected by steel profiles, see
Figure 7. The loads of the rods have been measured and
adjusted constantly during the test. The vertical load of 30
kN/m is considered to represent the load of the average
ceiling-wall junctions in a bulding of two floors plus roof.

Figure 9: e inition o the characteristics o the
capacity o the samples

earing

The curves of the mean values of the horizontal reaction
force shown in Figure 10 give a good impression of the
load-bearing behavior of the junctions. Variant 00 without
elastic layer shows a stiff behavior at the beginning of the
deformation until the friction force of about 20 kN/m is
applied. During the progress of the deformation, the
stiffness of the junction is determined by the stiffness of
the screws only (bending of the eight screws and local
deformation of the wood). The variants 01 and 01a with
elastic layers show about the same stiffness for
deformations lager than 5 mm when no vertical load is
applied.

Figure 10: ori ontal reaction orces ersus e ormation o
our sample types mean alues ith arious ertical orces
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The comparison of the reaction forces of the variants 00,
01 and 01a at the ULS deformation of 15 mm show
impressively that the elastic layer does not lead to a
significant reduction of the bearing capacity of the
junction. The characteristic values of the horizontal
bearing capacity of the three variants 00, 01 and 01a are
calculated statistically according to [9]. The values given
in lie within the narrow range of 46 to 56 kN/m
(for Fv = 0 kN/m). The conservative calculation of the
connection of eight screws strictly calculated according to
[7] would lead to a characteristic value of
Rh,c = 24.1 kN/m (without considering the friction
between the wood elements). This gap of factor 2 between
the test results and the calculation according to the current
standards gets even larger when a vertical force of
Fv = 30 kN/m is applied. In this case the test results
increase by 25 to 40 %. The values of the statistic
evaluation are shown in Table 5.

variant

Table 5:
resistance

aluate test results an

characteristic orces o

vertical load Fv = 0 kN/m

vertical load Fv = 30 kN/m

mean test values

mean test values

char.

char.

Figure 11: tatistic alues o test results minimum, ma imum
an uartiles o junction ariants re or
k m, green
or
k m

Kser

Fmax

FR,c

Kser

Fmax

FR,c

[kN/mm/m]

[kN/m]

[kN/m]

[kN/mm/m]

[kN/m]

[kN/m]

00

22.6

70.0

56.1

133.1

93.3

68.1

01

10.0

64.3

46.5

7.5

81.4

56.8

The results show impressively that the commonly used
conservative way to calculate the resistance of an isolated
junction without considering the shear resistance of the
elastomer material is not appropriate. Nevertheless, more
tests would be necessary to implement a calculation
method in a standard especially for variant 02 with a large
distribution of the results.

01a

8.7

69.6

49.2

7.4

97.9

77.8

4.2 WALL CEILING JUNCTION

02

11.4

91.9

73.2

9.7

100.1

57.5

If no suspended ceilings are applied, it is necessary to
isolate the walls of the level above from the ceiling
elements to avoid flanking transition and secondary
airborne sound. To increase the shear force resistance of
the wall ceiling junctions without rigid connection
elastically isolated angle connectors can be used (e.g.
ABAI 105 [10] shown in Figure 12).

Before the static tests the dynamic stiffness of the three
variants of elastically isolated junctions have been
measured as a basis for dynamic calculations of the
isolation efficiency. The values for the three variants 01,
01a
and
02
are:
C01,dyn = 57 kN/mm/m,
C01a,dyn = 53 kN/mm/m and C02,dyn = 47 kN/mm/m per
linear meter of wall. The decrease of the dynamic stiffness
comparing variant 01 with 01a and 02 shows that the
dynamic isolation of the screws (see Figure 6 variant 01a
and Figure 7 variant 02) and the diagonal position of part
of the screws (see Figure 7 variant 02) help to improve the
isolation capacity.

Figure 12: ngel racket
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But this element usually has a limited load bearing
capacity in axial direction of the wall. Isolated shear
connectors as shown in Figure 13 provide a way to
transmit large horizontal forces with a simple
construction.

Figure 14: ori ontal reaction orces ersus e ormation o
all ceiling junction, istri ution o three teste samples

CONCLUSION

Figure 13: solate shear connection et een upper all le t
an ceiling element right

Usually the elements are located in the middle of larger
wall elements. Therefore the influence of the horizontal
loads on the vertical load in the element is reduced. In
addition vertical tensile connectors at the ends of the wall
elements may be necessary to prevent uplifting. Tests
were carried out with an intended vertical load of
Fv= 30 kN/m affecting right angle to the elastic gap.
The testing procedure and the evaluation of the test results
was the same as for the ceiling wall junctions shown
above. The load deflection curve given in Figure 14 shows
that the distribution of the values of the tree samples is
small. The calculated characteristic horizontal resistance
of Rh,c = 79.0 kN/m is by far larger than the resistance of
isolated angle connectors. Therefor this is a suitable detail
for applications with high axial lateral forces, even in
combination with elastomer materials.

Elastomers are a suitable way to meet acoustic
requirements as well as structural demands. The vertical
load capacity of Sylodyn® bearings can be proved
according to the current standards using the
semiprobabilistic safety concept.
The presented load tests show that the horizontal load
capacity of the tested junctions is significantly larger than
calculated according to the standards. The results also
prove that the elastic layer does not significantly reduce
the horizontal load capacity. To install a comprehensive
design concept further investigations are required.

ACKNOWLEDGEMENT
We would like to express our gratitude to the industrial
partners Stora Enso Wood Products; Bad St. Leonhard,
Austria and Haberkorn GmbH; Wolfurt, Austria who
generously supported the project with numerous clt
elements and screws.

REFERENCES
[1]

[2]
[3]

[4]

J. Negreira, P.-E. Austrell, O. Flodén and D. Bard,
"Characterisation of an elastomer for noise and
vibration insulation in lightweight timber
buildings," uil ing coustics ol
no , pp.
251-276, December 2014.
M. Teibinger, F. Dolezal and I. Matzinger,
Deckenkonstruktionen für den Mehrgeschossigen
Holzbau, Wien: Holzforschung Austria, 2009.
H. Reichelt, "Stoßstellendämmung, elastische
Zwischenschichten - Flankenübertragung bei
Gebäuden in Massivholzbauweise," in orum
ol au pe ial, Bad Wörishofen, 2013.
T. Liegl, "Schalltechnischer und wirtschaftlicher
Vergleich
von
Deckenaufbauten
im
mehrgeschossigen Holzbau," Bachelorarbeit;
Hochschule Rosenheim, Rosenheim, 2016.

WCTE 2016 e-book | 2911

[5]
[6]

[7]

[8]
[9]

[10]

[11]

OENORM EN 1990: Eurocode - Basis of
structural design (consolidated version), Berlin:
Beuth, 2013.
SP Sveriges Tekniska Forskningsinstitut,
Acoustics in wooden buildings State of the art
2008, Borås, Skellefteå, Stockholm, Växjö: SP
Trätek , 2008.
EN 1995-1-1: Eurocode 5, Bemessung und
Konstruktion von Holzbauten - Teil 1-1:
Allgemeines - Allgemeine Regeln und Regeln für
den Hochbau, Berlin: Beuth Verlag, 2010.
EN 1380: Holzbauwerrke - Prüfverfahren Tragende Verbindungen mit Nägeln, Schrauben,
Stabdäbeln und Bolzen, Berlin: Beuth, 2009.
EN 14358: Holzbauwerke - Berechnung der 5%Quantile für charakteristische Werte und
Annahmekritierien für Proben, Berlin: Beuth,
2013.
Simpson
Strong
Tie,
"http://www.strongtie.de/products/detail/winkelv
erbinder/177," Simpson Strong Tie, 16 05 2016.
[Online].
Available:
http://www.strongtie.de/products/detail/winkelve
rbinder/177. [Accessed 16 05 2016].
EN 26891: Holzbauwerke - Verbindungen mit
mechanischen Verbindungsmitteln - Allgemeine
Grundsätze für die Ermittlung der Tragfähigkeit
und des Verformungsverhaltens, Berlin: Beuth,
1991.

WCTE 2016 e-book | 2912

VIBRATION DISTRIBUTION DUE TO CONTINUOUS, INTERMITTENT
OR HALF EMBEDDED ELASTOMER CONNECTIONS IN WOODEN
CONSTRUCTIONS
Åsa Bolmsvik1, Andreas Linderholt2, Sigurdur Ormarsson3, Adrien Vercruysse4,
Sarah Stenberg4
ABSTRACT: Elastomers are commonly used to decrease the sound transmission between apartments in timber framed
houses. In previous studies, different types of elastomers have been evaluated experimentally. The wooden assemblies,
in which elastomers were used in the connections, showed that elastomers cause the vibrations to increase in the
direction perpendicular to the applied load within the low frequency span.
In this study, the effects on acceleration, depending on how the elastomers are placed are studied. The cases having the
elastomer continuous, placed as intermittent pieces or positioned half embedded in the junctions are evaluated.
The frequency dependent properties of the elastomers are needed in order to model the dynamic behaviour and thereby
be able to predict sound- and vibration transmission in wooden houses. Here, the properties of a wooden construction
having different elastomers connections are studied to enable simulations of the behaviour of the elastomers in a FE
model in the future.

KEYWORDS: Damping, Elastomer, Light weight Wooden Constructions, Sound transmission, Vibration transmission,
Structural Dynamics, Junction, Connections

1 INTRODUCTION 123
Light wood constructions are increasingly used in
multi-storey buildings around the world. Sweden
among other countries has a well-developed process of
building single family houses in wood. In many
countries producers are now trying to gain market in
multi-storey wooden buildings as well. Flanking
transmission is one cause of acoustic problems in these
constructions and research is currently ongoing in
related areas at several universities.
Low frequency range (20-200 Hz) impact sound is
more annoying in light weight residential houses than
in buildings made from heavier construction materials.
More knowledge is needed about dynamic structural
behaviour due to loads such as foot-steps in wooden
buildings. Having a dynamic model that satisfactorily
represents the dynamic of the structure, the impact
1

Åsa Bolmsvik, Linnæus University, Civil Engineering,
Sweden, asa.bolmsvik@lnu.se
2
Andreas Linderholt, Linnæus University, Mechanical
engineering, Sweden, Andreas.linderholt@lnu.se
3
Sigurdur Ormarsson, Linnæus University, Civil
Engineering, Sweden, sigurdur.ormarsson@lnu.se
4
Adrien Vercruysse and Sarah Stenberg, Master Students at
Linnæus University, Civil Engineering, Sweden.

sound transmission can be predicted and, when needed,
the structural design can be modified prior to building
is needed.
Common is to place elastomers as isolators to reduce
the flanking transmission between floors. How the
elastomers are placed often depends on the
prefabrication type. If the structure is built with flat
building blocks the elastomer are often placed half
embedded on top of the wall elements already in the
building industry and is transported to the building site
is position. If the structure is built with volume
elements the elastomer are often placed in-between
those at the building site, either as continuous strips or
as intermittent elastomer pads. In [1] it is showed that
the isolation effect varies widely, as much as in seven
of the evaluated eleven floors the isolation were not
only positive. In [2], parametric studies of the
vibrations transmission between storeys and rooms in
multi-storeys wood buildings having elastomer layers
in junctions were performed. Different properties of the
elastomer material and the placements of the elastomer
blocks were considered. The results showed negligible
effects on the acceleration amplitudes of the floor
where the load is acting. However, the impact sound
transmission to the underlying ceiling was appreciable.
The study showed that the stiffness of the elastomer is
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important; low stiffness decreased the vibrations
transmission to the ceiling the most. In [3] a quite good
agreement of the frequency of the eigenmodes between
test and analysis could be obtained.
1.1 PURPOSE/AIM
The purpose is to measure how different types of
connection affect the overall structural behaviour.
The aim is to find the dynamic properties on a wooden
structure having different junctions with elastomers.

there are single 12.7 mm gypsum boards. The floor
structure has a length of 2250 mm and a width of
1200 mm; it consists of 45x145 mm spruce beams
having a centre-to-centre distance of 600 mm. On the
top of the floor there is a 22 mm thick chipboard. All
connections used for the wooden members are glued
and screwed.

1.2 LIMITATIONS
In this study, elastomers from Getzner of the type
Sylomer®, blue SR28 [4] were used. The elastomers
were used in different sizes and positions in the
junction of a down scaled wooden structure.

2 BUILDING STRUCTURE
The evaluated assembly consists of two wall parts and
one floor structure, see Figure 1. The structure itself
was placed on a heavy concrete floor, the walls were
stabilized with diagonal beams.

Figure 2: Schematic sketch of the evaluated structure in
[mm].

2.1 EVALUATED ELASTOMER JUNCTIONS
Three different junctions between the walls and the
floor were evaluated. They have elastomers of same
thickness but with different widths and lengths as
shown in Figure 3. In the first case, see Figure 3a,
elastomers with full width and length are used. Each
elastomer has a width of 90 mm, a height of 25 mm
and the same length as the wall. In the second case, see
Figure 3b, the elastomer is cut into pieces and placed
intermittent. Each elastomer piece then has a full width
of 90 mm, a height of 25 mm and a length of 200 mm.
The pieces are placed with 300 mm space. In the third
case, see Figure 3c, the elastomer has a smaller cross
section; 40x25 mm, but the same length as the wall.
The elastomer is placed half embedded between two
laths with cross section 15x15 mm.
90
200
1200

300

Figure 1: The structure during the dynamic testing.

The junction between the wall and the floor is altered
so that three different connections are evaluated.
The two wall structures are 1250 mm high and
1350 mm long, see Figure 2. They consist of a number
of 45x70 mm vertical spruce beams having a centre-tocentre distance of about 450 mm. The wall has a
horizontal spruce top rail and a horizontal spruce
bottom rail of 70x45 mm. On both sides of the beams

a)

b)

c)

Figure 3: Schematic sketch of the three junction types, in a) a
continuous elastomer, in b) an intermittent elastomer and in
c) a half embedded elastomer junction.

2.2 LOADS
In all cases, the same load was used, only the weight of
the floor which is 76 kg. This gave different usage of
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the elastomer, depending on the different sizes of the
elastomer surface. The specific loads for the three
setups are given in Table 1. The values are based on
the loaded surface. In the table the specific load for
static and dynamic range according to the supplier is
also given, showing that the situations are not giving an
overloaded elastomer in any of the three cases.

the floor measuring in the y-direction. The top rows on
both walls are also measured in the y-direction.

Table 1: The specific loads used in each case and the
compression load for the SR28 Elastomer given by the
supplier [4].

Case
Continuous elastomer
Intermittent elastomer
Half embedded elastomer

Specific load
[N/mm2]
0.0068
0.0136
0.0153

Static range
Dynamic range

Up to 0.028
Up to 0.037

3 DYNAMIC EXPERIMENTS
LMS TestLab [5] was used for dynamic tests and
evaluations of the wooden assembly.
An electromagnetic shaker was used to exite the floor
of the structure. The shaker was hanging in rubber
suspensions from the roof and was attached to the
structure via a stinger, to an impedance head screwed
to the structure.
Stepped sine tests going from 4-230 Hz with
increments of 0.5 Hz were used. The amplitudes of the
loads were tabulated between 0.5 N and 6.5 N, see
Table 2.
Table 2: Used load amplitude.

Frequency [Hz]
3
10
20
30
40
50
60
70
80
90
100
110
120
250

Load [N]
0.5
0.5
1
1.5
2
2.5
3
3.5
4
4.5
5
5.5
6
6.5

A linearity check was done, using half the load
amplitudes given in Table 2, which justifies the linear
assumption.
The responses were measured using accelerometers
distributed over the structure and mounted with wax.
The out-of-plane accelerations were measured at
88 points, see Figure 4, the driving point, 28 points on
each wall measuring in the x-direction and 20 points on

Shaker

Floor
y

Wall A

Wall B

x

z
Figure 4: The 88 measured points on the structure, the
shaker positions and the used notification.

The measurements and the evaluation were done using
the modal analysis tool, LMS [5].

4 DYNAMIC RESULTS AND
ANALYSIS
The measured accelerations of the structure are used to
evaluate the effects of having different junction types.
The amount of transmitted vibrations is evaluated by
measuring the acceleration levels. The amount of
damping of the structure, the eigenfrequencies and the
eigenmodes due to the different junction types are
evaluated.
4.1 ACCELERATION LEVELS
The mean acceleration levels in different directions for
some points on opposite sides of the junction are
calculated for the three setups. The points used are the
points in the corner of the floor and the top row of the
wall, see Figure 5.
Floor

z

z

z
y

z

z
y

z

z
y

z

z
y

z
y

Wall A
Figure 5: The modal damping against frequency for the three
evaluated junction types.

The peaks in the FRFs correspond to the structural
eigenmodes shown later. What can be perceived is that
the acceleration levels on the floor are much higher
(about four times) than the levels on the walls, see
Figure 6a and Figure 6b. In Figure 6a, the acceleration
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levels out of plane on the floor are shown. The case
with a continuous elastomer over the whole junction
gives the lowest acceleration levels over the whole
studied frequency range. The cases with intermittent or
half embedded elastomer do not show any obvious
differences.
When the acceleration levels on the walls are studied,
the same results are found for wall A and wall B,
whereas only wall A is shown here. The accelerations
on the wall in the top row were measured both out of
plane, see Figure 6c, and perpendicular, towards the
wall, see Figure 6b. The accelerations perpendicular,
towards the wall shows no obvious differences, see
Figure 6b.
For the accelerations out of plane on the wall, see
Figure 6c the same indication as for the floor is shown;
the acceleration levels in the case having a continuous
elastomer over the whole junction gives the lowest
acceleration levels over the whole studied frequency
range. However, in this case the half embedded
elastomer junction gives higher acceleration levels in
the low frequency in comparison to the other two
junction types.

a)

b)

4.2 MODAL DATA
The LMS PolyMAX stabilization diagram supported in
selecting the poles. The modal analysis of the structure
gives rather clear normal mode indicator functions
(MIF) [6,7], see Figure 7.
The MIF was together with the LMS PolyMAX [8]
method used for evaluating and selecting poles in the
stabilisation diagrams.
c)
Figure 6: Mean value of all degrees-of-freedom for in a) the
out of plane, y-direction of the outer points on the floor, in b)
top row points on wall A perpendicular to the plane, in the ydirection and in c) the top row points on wall A out of plane,
in the x-direction.
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Figure 7: The mode indicator function in LMS for the continuous elastomer case.
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4.2.1 Modeshapes
Some of the modeshapes, especially the parts on the
floor are equal independent on the junction type. The
modeshapes in Table 3 are examples showed for the
assembly with a junction having a continuous
elastomer.

4.2.2 Eigenfrequencies and autoMAC
As explained before, more eigenmodes are extracted
when the elastomer is half embedded. They are shown
together with their eigenfrequencies in Table 4.
Table 4: The extracted eigenfrequencies in the setups with
three different junctions.

Table 3: Visualisation of the first common modes of the floor

Continuous
elastomer
case

Rigid
body
mode 1 of the
floor

Rigid body mode
2 of the floor

Bending mode
2 of the floor

Bending mode 3
of the floor

Bending mode 4
of the floor

Bending mode
5 of the floor

Modes which movements are concentrated on the walls
are hard to capture since the excitation was only acting
in one direction. However, the modal analysis shows
that even when the load is perpendicular to the floor,
movements are transmitted in larger extend to the walls
in the case were the junction consist of a half
embedded elastomer. This happens since that type of
junction has a larger possibility to transfer shear forces.
This is easily illustrated by the fact that the modal
analysis from the setup with the half embedded
elastomer junction gave more modes than the other two
junction cases within the same frequency range. It is
exemplified in Figure 8 where two of these modes are
shown, both indicating that the load vertical towards
the floor cause movements in the walls when the
elastomer is half embedded.

a)

21.1
26.1
46.6
73.3
86.1
92.5
107.4
116.0
135.3
153.3
167.1
213.1

Intermittent
elastomer case
Frequency [Hz]
21.0
26.3
43.6
72.7
85.8
92.1
116.3
131.1
135.6
153.2
167.0
205.8
213.3

Half embedded
elastomer case
23.6
25.3
54.2
71.5
73.3
85.7
93.7
101.9
116.7
131.8
135.4
153.4
167.6
206.1
213.7
214.8

To make sure that the qualities of the modes are good
enough the Modal Assurance Criterion, MAC, was
used. A diagonal MAC matrix with small or zero offdiagonal values is thereby an indication that the modes
found are true modes of the structure. The auto-mac for
the three setups are shown in Figure 9-12.

b)

Figure 8: Visualisation of two modes that only exist in the
case with the half embedded junction, in a) a mode at 71.5 Hz
and in b) a mode at 101.9 Hz.

Figure 9: The auto-MAC for the setup with continuous
elastomer in the junction.
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Figure 10: The auto-MAC for the setup with intermittent
elastomer in the junction.

Figure 12: The cross-MAC between the setup with
intermittent elastomer and the continuous elastomer in the
junction.

The Cross-MAC indicates that some of the modes in
the two cases are equal, they are red in the figures.
Those are the bending modes showed in Table 3. This
demonstrates that the modes that are more localized
near the floor are rather equal and not so affected by
the junction itself. However in this study the floor were
not clamped or pre-loaded, if so the situation would
probably be different also in these modes.
4.2.4 Modal damping
The frequencies and the damping of the modes shown
differ a bit depending on the junction type. In the case
were a continuous elastomer was used the damping for
each mode is overall higher, see Table 5.
Table 5: Modal data for the first common modes of the floor,
having different junctions.
Figure 11: The auto-MAC for the setup with half embedded
elastomer in the junction.

The auto-MACs are satisfying in the first two cases
(continuous and intermittent). It is believed that the
eigenmodes for the case with the junction containing
the half embedded elastomer affected the walls more
and therefore the modal analysis gave more modes
covering also the walls. Nonetheless the nonlinearities
the elastomer may have made it harder to do extract
correct decoupled modes when movement in different
directions and parts are included. Those modes could
probably be extracted easier if the structure would have
been loaded in also other directions.
4.2.3 Cross-MAC
With a cross-Mac the similarities between two
evaluated structures can be done. In this case the
extracted modes from the case with intermittent
elastomer in the junction and the case with continuous
elastomer in the junction are compared. Figure 12
shows the correlation.

Continuous
elastomer

Intermittent
Elastomer

Half
Embedded
Elastomer

[Hz]
[%]

Rigid body modes
21.1
21.0
11.9
8.6

[Hz]
[%]

26.2
9.1

[Hz]
[%]

73.3
2.3

[Hz]
[%]

86.1
2.3

85.8
1.9

85.7
1.9

[Hz]
[%]

92.5
2.3

92.1
1.4

93.7
1.7

[Hz]
[%]

116.0
1.4

116.4
1.18

116.7
1.2

26.3
7.0
Bending modes
72.7
1.7

23.6
7.5
25.3
5.8
73.3
1.7
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This can be explained by the fact that the case with the
continuous elastomer is the case where the elastomer is
used with a little ratio of its capacity. The intermittent
and the half embedded cases show rather similar
results, and both are loaded rather equally. All three
setups have much higher damping in the first modes
than in the remaining ones. These properties can be
explained by the fact that those modes are rigid body
modes and the displacement along the edges are large
and that that is where the elastomer is located. The
modes explained in Table 5 are just some of the modes
found in the modal analysis, all eigenfrequencies
against each modal damping are plotted in Figure 13.

Relative viscous damping ratio [%]

12

Continuous case

10
8

Intermittent case

4.3 INSERTION LOSSES

Embedded case

The local influences of the junctions are estimated in
coherence with earlier studies [11]. In this study the
authors explain that the sound pressure varies with
velocity in squares therefore it is good to evaluate the
velocity when the aim is to understand what influence
the junctions have on the sound transmission. The
velocity level in [dB] in point i is calculated as

6
4
2
0

0

100

elastomer in the junction. In the case with intermittent
elastomers in the junction a mean relative damping
ratio of 2.21 % were calculated. The lowest structural
damping with a mean relative damping ratio of 1.82 %
was obtained for the case with a half embedded
elastomer in the junction.
At an undamped natural frequency the relation between
the mechanical loss factor η, and the relative viscous
damping ratio ζ, is η 2 ∙ ζ . The presented damping
ratios can therefore be interpreted as half the loss
factor, as a reasonable approximation. Mechanical loss
factor η on the other hand for the blue elastomer, SR28,
is given as 0.21 % by the supplier [4]. This means that
the rest of the damping is stemming from the wooden
structure and its connections.

Frequency [Hz]

200

Figure 13: The relative viscous damping ratio depending on
frequency for the three evaluated junction types.

By studying the results it is shown that at higher
frequencies the damping is pending between
1 % and 2 % and that the elastomer has mainly an
effect on the relative damping ratios in the lower
frequencies.
The same was found out in [9] where the effect of the
elastomer is considered as a vibration isolator, which is
explained as:
“In frequencies above the critical frequency, the effect
of the damping in the elastomer has less and less
influence on the vibrations of the floor, as the floor
becomes more and more freely-supported.”
However, worth to notice is that earlier studies [10] has
indicated that the damping ratios stemming from
laboratory measurements of scaled structures in
comparison to in-situ measurements has showed to
increase with amounts from 0.7-5 %.
Even though the elastomer has a major effect in the
low frequencies and that the damping differs from
eigenmode to eigenmode a mean value of the damping
ratio in the structure can be calculated. This is done
within the whole frequency span studied, with respect
to the different junctions. It resulted in a mean relative
damping ratio of 3.16 % for the case with continuous

(1)

10 log

where the measured acceleration is recalculated to
in point i and where
5 ∙ 10 m/s is
velocity
used.
The local influence of the junctions are estimated by
observing points on opposite sides of the junction, both
on the floor in z-direction and on wall A in the y- and
z-directions. The insertion loss, i.e. how well the
junction decrease the vibration is defined as,
,

(2)

where
is the velocity level in [dB] in point i on
,
is the velocity
the floor in z-direction and
level in [dB] in point i on the wall in either z- or ydirection. The results, see Figure 14 and Figure 15,
shows that the insertion loss are positive for all
junction types. This means, that the elastomer
decreases the vibration transmission undependent on
the junction type and direction. However, in Figure 15,
which is showing the insertion loss from the roof in the
y-direction compared to the top row velocity level on
wall A in the x-direction is not as good for the
embedded case in the frequency range 10-45 Hz as for
the other two junction types.
In the studies done in [9] and [11] the results showed
that the insertion losses increased in the range of
40-70 Hz for cases with elastomers in the connection in
comparison to cases where the connections were
screwed.
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Figure 14: The vertical insertion loss from roof in y-direction towards the top row of wall A in y-direction.

Figure 15: The perpendicular insertion loss from roof in y-direction towards the top row of wall A in x-direction.

5 CONCLUSIONS
A vertical load towards the floor can cause movements
of the walls more easily when the elastomer is half
embedded in comparison with a continuous or an
intermittent elastomer connection. This should be
considered when deciding what junction to use. Having
continuous or intermittent elastomers in the junction
does not change the dynamic behaviour of the structure,
however the level of the damping is depended on the

level that the elastomer is loaded in comparison to the
used elastomers static range of use.
A half embedded junction also has a lower insertion loss
over the junction perpendicular to the load embedded in
comparison to a continuous or an intermittent elastomer
connection in the frequency range 10-45 Hz. This is
probably the reason why earlier studies of half embedded
elastomer connections towards screwed connection have
showed negative transmission losses in the low
frequency region.
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FINITE ELEMENT MODELING FOR VIBRATION TRANSMISSION IN A
CROSS LAMINATED TIMBER STRUCTURE
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ABSTRACT: This paper deals with a certain type of C.L.T. (Cross Laminated Timber) construction, in a residential
building in Fristad, Sweden. The objective is to study impact noise transmission, at the lower frequency range (10-200
Hz), where wooden dwellings perform inefficiently, in terms of acoustic quality. The vibrational behavior of
lightweight structures and specifically a multilayered floor separating two vertically adjacent bedrooms are investigated.
A numerical model of the multilayered test plate, which includes sound insulation and vibration isolation layers, is
developed using the Finite Element Method (F.E.M.) in commercial software. The design process, the analysis and
improvement of the calculated outcome concerning accuracy and complexity are of interest. In situ vibration
measurements were also performed so as to evaluate the structures dynamic behavior in reality and consequently the
validity of the modelled results. The whole process from design to evaluation is discussed thoroughly, where
uncertainties of the complex F.E.M. model and the approximations of the real structure are analyzed. Numerical
comparisons are presented including mechanical mobility and impact noise transmission results. The overall aim is to
set up a template of calculations that can be used as a prediction tool in the future by the industry and researchers.
KEYWORDS: Cross Laminated Timber, Vibration, Mobility, Impact Sound.

1 INTRODUCTION 1
1.1 BACKGROUND
The demand for wooden buildings has been increased
during the last decades due to their advantages compared
to conventional heavy constructions. Specifically, in
1994 the Swedish regulations concerning timber housing
prohibition, because of fire danger, were modified to
comply with the European regulations. Some research
projects took place in Europe, which concerned the
investigation of multistory lightweight dwellings in
terms of acoustic comfort. Universities, research centers
and industry consultancies were included in the consortia
of research partners. The main focus was on the low
frequency range, 20-200 Hz, where most of the noise
problems occur in wooden structures.
Impact noise generation coming from walking, children
playing or jumping, operating machinery (e.g. vacuum
cleaner or a hammer) can lead to creating vibrations,
which transmit sounds to neighboring rooms. Those
types of nuisance can be a cause of complaint for the
1

Nikolaos-Georgios Vardaxis, Lund University, Faculty of
Engineering, LTH, nikolas.vardaxis@construction.lth.se
2
Klas Hagberg, WSP Acoustics, klas.hagberg@wspgroup.se
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tenants and indicators of poor acoustic behavior for the
whole construction [1-3]. Some of the above mentioned
research programs of the last five years are Akulite and
Acuwood [4], and this study is based on their outcomes
as well [5]. The test object of this thesis is a floor
structure from a timber building construction in Fristad,
Sweden, studied during program Silent Timber Build.
The cooperating partners are Fristads Bygg, as the
construction company, WSP Environmental Group, as
the acoustic consultancy and KLH, the manufacturer of
the CLT (Cross Laminated Timber) material used in the
structure.
1.2 OBJECTIVES
This thesis comprises a study of the vibrational behavior
of lightweight structures and specifically a multilayered
slab separating two vertically adjacent rooms. The floor
under study includes sound insulation and vibration
isolation layers and it is part of a complex structural
joint.
A numerical model of the test structure, the slab, is
developed based on the Finite Element Method, using a
commercial scientific software package, the COMSOL
Multiphysics 4.3b. The analysis and optimization of the
calculated outcome in terms of accuracy, complexity and
computation time is of major significance. In situ
measurements were also performed to evaluate the
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structure's dynamic behavior in reality and consequently
validate the modeled results.
The overall aim is to set up a process of calculations that
can be used as a prediction tool in the future by the
industry. For this reason, accurately optimized solutions
are desired within the design process, without the need
for expensive laboratory testing of structural samples.
1.3 LIGHT WEIGHT STRUCTURES AND CROSS
LAMINATED TIMBER
The basic characteristics that make lightweight timber
structures popular are; lower prices of construction
materials, lighter structures, sustainable design, energy
efficiency, lower carbon dioxide emissions, good
behavior in fire incidents and integration with
contemporary architecture and engineering.
Wood can be renewable, especially for the case of
Scandinavian forests, therefore it is ecologically better
compared to concrete. It is also significantly lighter in
weight but also tolerant to stresses after being processed.
Wood's properties related to thermal insulation are
sufficient without any demand for excessive thickness of
the timber walls. Additionally, it is a carbon dioxide
storing natural material and after the proper industrial
processing can be effectively fire protected [1,2].

smaller than for heavy constructions. There is also less
dependence on external factors while erecting a CLT
building, like the weather conditions for example [1,2].
Besides all the construction advantages of timber, the
acoustic conditions are not perfect in those structures,
especially regarding low frequency noise transmission
from adjacent rooms or apartments through walls and
floors. Therefore, problems of acoustic and vibrational
behavior have to be studied further and calculation tools
for engineers need to be established.
1.4 THE STUDY CASE
The study case presented here concerns the acoustic
evaluation of a multilayered floor. The test object is part
of an actual residential timber building, CLT is the main
construction material of the dwelling and a threedimensional construction plan of the whole structure,
including only the CLT elements assembled together, is
illustrated in Figure 2.

There are several types of engineered timber for building
constructions in the market, such as Plywood, Timber
Boards, Chipboards (made of small timber particles),
Glued Laminated Timber or CLT (Cross Laminated
Timber). The latter consists of spruce or pine strips glued
and pressured with high power to form solid timber
elements. The grains of the individual parts are placed
crosswise, i.e. vertically to each other, before the gluing
process to achieve high static behavior in every possible
direction of dynamic stress, as presented in Figure 1.
Figure 2: Isometric view of the whole construction, showing
only the CLT elements assembled and the concrete parts of the
basement and the buildings’ foundations. Drawings by
FristadsBygg.

Figure 1: Example sketch of Cross Laminated Timber elements
by KLH [9]. Labels 3 and 4 refer to the metal connectors and
bolts of the assembled structure.

In practice, lightweight constructions are easier to build
since a high level of prefabrication can be achieved.
Individual parts, such as walls and floors, can be
designed with precision in numerous forms and shapes.
They can be produced in a manufactory, then transferred
to the construction site and finally assembled together.
The overall building process is faster and more
sustainable because the environmental impact, regarding
energy consumption and pollution, is significantly

Regarding the details of the multilayered floor under
investigation, a structural section is presented in Figure
3. The materials included in the slab, and therefore in the
F.E. model developed in the study, are the following
with descending order, starting from the top floor layer;
- light concrete screed,
- chipboards,
- mineral wool for sound isolation,
- elastomer for vibration isolation (Sylomer), which is on
top of
- wooden beams,
- a layer of ballast to add mass to the structure,
- a main solid CLT plate to connect with the floor beams
and the supporting CLT walls as well,
- a suspended ceiling structure including; mineral wool
insulation and a metal grid for support connections and
- gypsum boards for the ceiling layer.
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and 𝜂 is the loss factor. The later is defined as a ratio
between the lost and the reversible energy in a system
and it is a property of the materials used in the study;
𝜂 = 𝐸 /2𝜋𝐸 . Finally, the term 𝑠(1 − 𝑗𝜂)
represents a complex stiffness damping term [8].
The Mobility levels are presented in this study as a
function of normalized frequency, i.e. the term 𝜔/𝜔 .
The level value in decibel units is given as 𝐿𝑌 =
20𝑙𝑜𝑔(|𝑌/𝑌 |) dB, where 𝑌 = 1 m/Ns as the reference
value (normalization by 1).
Figure 3: Structural section (vertical) showing the materials
included in a junction of 4 adjacent apartments of the test
building.

2.2 MATERIAL PROPERTIES
In this section the necessary properties are explained
briefly as they are being used further in this thesis, in the
F.E.M. calculations. The density, denoted as 𝜌, refers to
the volumetric mass concentration of a material in a
certain volume 𝑉. It is calculated in kg/m3 as 𝜌 = 𝑚/𝑉.
The elasticity or Young’s modulus E, refers to a
material’s elastic deformation on an axis while forces are
acting on it. Consequently, the stiffer the material the
bigger the modulus value. Numerically E is expressed as
stress 𝜎 to strain 𝜀 ratio in the direction of applied force
in Pa;
(3)
𝛦=

Figure 4: Isometric structural section showing the material
layers included in a junction of 2 vertically adjacent bedrooms
of the test building. Other adjacent rooms or construction parts
have been excluded from this sketch. The F.E. model developed
in this study follows exactly the same design concept as
illustrated in this sketch.

2 THEORY
2.1 MECHANICAL MOBILITY
The force balance of a simple mass-spring-damper
system has the known equation of motion:
𝑚𝑥 𝑡 + 𝑟𝑥 𝑡 + 𝑠𝑥 𝑡 = 𝐹 (𝑡)

(1)

where, 𝑥 is the displacement of the mass 𝑚 in relation to
time 𝑡. Additionally, 𝑥 is the velocity (first derivative) of
𝑚 and 𝑥 is the acceleration (second derivative). Then, 𝑟
is the viscous damping, 𝑠 is the spring stiffness and 𝐹 is
the input force [13].
The mechanical impedance of such a system is defined
as Z = F/v, where F is the input force to the system and
v denotes the velocity. The reciprocal relation is the
mechanical mobility Υ, which gives the FRF (frequency
response function) of interest in this study. In the
frequency domain it is defined as:
𝑌 𝜔 =

( )
( )

=

(

)

(2)

The Poisson effect refers to the reaction of a material at
the different sides of the compression axis, like the
stretching effects on a rubber. The Poisson’s number 𝑣,
is the ratio of longitudinal to lateral deformations with
respect to a certain axis, numerically expressed as;
𝑣=−

(4)

2.3 THE FINITE ELEMENT METHOD
Finite Element modeling is used as the standard
engineering tool to acquire complex numerical solutions
using partial differential equations in several domains.
According to the Finite Element Method (F.E.M.) a
structure is split into parts, the finite elements. The
physical behavior of a system can be approximated by
calculations for every individual element using proper
numerical solutions. All separate results can be
combined afterwards with the proper conditions
(equilibrium, continuum) and coupled subsystems can
provide the overall solutions. There are numerous
publications and software regarding F.E.M. and the
endless related applications, thus no more details are
mentioned in this paper.
In few words, the essential steps of a F.E. model are;
- CAD modeling; Building the structure’s geometry.
- Meshing; Subdividing the geometry in finite elements
and setting up the nodes for the calculations.
- Applying boundary conditions to the model and the
right differential equations for the numerical simulations.
- Defining all inputs of the system (e.g. point force).
- Selection of a software solver (e.g. stationary solver).
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- Defining the
displacement).

expected

outcome

(e.g.

stress,

3 IMPLEMENTATION
3.1 MEASUREMENT OF THE TEST FLOOR
The measurements in the test room, which was the only
complete apartment of the test building at the time of the
measurements, took place at Fristad. For the
investigation of the building's floor junction, a template
including measurement positioning from the research
program Akulite [4] was used, which is presented in
Figure 5, together with all points of interest.

Table 1: List of equipment used in the field measurement.

Item
Laptop
Data acquisition board
Impact hammer
Calibration exciter
Triaxial accelerometers
(5 of the same items)

Model specification
Hewlett Packard
NI DAQ 9188
Dytran Instruments LIXIE
B&K Type 4292
PCB Piezotronics 356A16

The performed measurement session includes transfer
point mobilities on the floor under excitation, on the
ceiling and the walls of the vertically adjacent apartment
below. So flanking transmission is also of interest, i.e.
the indirect transmission from the specimen (the
multilayered slab) to the walls.
All accelerometers were connected to the data
acquisition station NI (National Instruments) cDAQ
9188 (includes 8 subinterfaces connected type cDAQ
9234), without any external amplification and calibrated
with the B&K calibration exciter for every axis before
measuring. The impact hammer was also connected to
the NI interface directly. The software used for the
acquisition was NI ModalVIEW and the sampling
frequency was 2.56 kHz with a frequency step of 0.25
Hz. The final FRF acquisition is the averaged result of
30 excitations.

Figure 6: Photo of the in in situ measurement at points 5-9 on
the test floor.

Figure 7: Measurement points on the test floor and the ceiling
and walls below that (0.2m distance from the edges).

3.2 THE F.E. MODEL SETUP
Figure 5: Sketch of measurement points on the test floor and
the ceiling and walls below that (0.2m distance from the walls).

The measurement was performed in sets of 5 transfer
points corresponding to the point arrays 1-5, 5-9, 11-15,
15-19, 21-25 and 26-30. For every excitation iteration
there was a driving point measurement as well. The
measurement setup for the points array 5-9 is presented
in Figure 6 and the list of equipment is tabulated in
Table 1.

For the setup of a F.E. model some approximations need
to be done according to each study case and the
corresponding physics theory. Numerical models deviate
from reality to some extends due to the method's
precision but most importantly because of the
approximations and assumptions. Therefore, the latter
need to be wisely performed in the design of the model.
In cases related to structural dynamics for vibration
prediction, such as in this thesis, certain parts like the
structure’s geometry, the material properties, the
boundary conditions and the meshing (number of
elements, degrees of freedom) are of great interest. The
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first step was the design of the F.E. model of the test
structure, which was based on the construction plans
acquired by Fristadsbygg, as shown previously. There
was not any important change, especially concerning the
layers of the floor. Different dimensions would affect the
calculation of the structural modes, which depend on the
geometry. The model was built in AutoCAD software in
'.dwg' format, Inventor Fusion software was used to
transform the file to '.stp' format and then it was
imported in COMSOL Multiphysics software. The CAD
geometry file of the model is illustrated in Figure 8.
Regarding the approximations, some parts of the actual
structure, as shown in the design plans, were ignored or
integrated in the dominant parts of the model. All layers
and materials were included, except some mineral wool
parts, the windows and some additional gypsum wall
layers. Those decisions are based on the materials
properties, their position on the structure and the role
they could play within the F.E. model.
Mineral wool is the softest material compared to the
other ones and it is not rigidly connected to the other
stiff parts but rather assembled. It is used for sound
insulation, not vibration isolation thus it was excluded
from the model. It has a maximum thickness of 222 mm,
which barely affects the frequencies of 10 - 200 Hz
under study. Therefore, its contribution to the dynamic
simulation would not have a big influence. However, the
smaller wool layer above the aluminum profile was
modeled to fulfil the condition for some connection of
the layers between the CLT floor plate and the gypsum
ceiling below. It was also required for approximating the
air cavity in the effect of the double wall resonance.

construction process only. They are filled with mineral
wool after finishing the construction and finally they stay
hidden behind the gypsum wall. That construction
characteristic was kept and modeled as a void in the CLT
element.
Most of the gypsum walls of the real construction were
not included in the model geometry as well. They are
thin layers compared to CLT elements (26 mm) and
although they affect the floor being rigidly connected,
the model would become too detailed. There are also
implications concerning the parts inside gypsum walls
for the test room, which could not be integrated in the
model. Some of them enclose water pipes, ventilation
and cable connections, as presented in Figure 9. Only the
gypsum walls next to the transfer points 5-9 and 15-19
were included in the F.E. model. The other wall side
next to the points 1-5 and 11-15 consists of bare CLT
due to the architectural design. Consequently, if the
above-analyzed simplifications did not happen, the
model and simulations would be more complicated and
time-demanding.

Figure 9: Photo of the gypsum walls in the test room, which
include structural parts as water pipes or ventilation that could
not be integrated in the F.E. model.

The material parameters used in the model are presented
in Table 2 and they were collected from certain parts of
literature, such as [6-10]. However, they had to be
changed in later simulations so they could match the
corresponding modes acquired by the field
measurements, as shown in Table 3. This process of
tuning is justified because the F.E.M. usually offers
overestimated results. Another assumption that took part
concerns the linearity and isotropic behavior of the
materials, so constant values were used for all their
properties.

Figure 8: Image of the CAD wireframe geometry designed for
the finite elements model.

The windows were also excluded from the walls and
replaced by CLT because their connection to the floor
under study is not direct. They also have details like
wooden frames and double glass layers, which could not
integrate easily or accurately in the model. The door
openings in the back walls, which can be seen in the plan
in Figure 8, are used by the workers during the

The next step is the meshing, which refers to the
discretization of the geometry in finite elements before
the calculations. As a rule of thumb, 6-10 elements per
wavelength are demanded for a valid simulation. For the
frequency range used this is not a difficult requirement.
However, attention had to be given at the meshing of
layers with small dimensions, for example the Elastomer
parts with the minimum height of 12 mm.
The construction of a balanced mesh includes a
sufficient resolution without too many elements to avoid
complications. The industrial settings of COMSOL
software included mesh generation options (like normal,
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coarse, fine or finer) and element type selection (like
tetrahedral, triangular or hexahedral). They give also the
possibility for the user to select minimum or maximum
dimensions of the elements. For this study model, a
normal mesh was used with the standard tetrahedral
elements for dynamic investigation, as illustrated in
Figure 10. Then a manual meshing was developed for
the surface layers of the floor, which include more
details and they are more important for the acquisition of
the transfer point results. In the slab, the mesh grid
became as dense as needed to match the dimensions of
thin layers. That seemed to be the best optimization
between resolution and the overall number of elements.
Table 2: Typical material properties from literature.

Material
CLT
Chipboard
Ballast
Sylomer
Min.Wool
Aluminum
Gypsum
Concrete screed

E(Pa)
7e9
3.5e9
30e6
3.5e5
2.2e5
60e9
7e9
2e9

ρ(kg/m3 )
480
600
1600
300
140
2700
1200
1200

v
0.44
0.2
0.35
0.3
0.1
0.3
0.3
0.2

η
0.1
0.01
0.2
0.1
0.1
0.05
0.01
0.05

For the whole setup of the F.E.M. simulation and its
boundary conditions in COMSOL software, the
structural dynamics module was used. An input force at
the driving point, on the center point of the floor plate,
was applied with a value of 100 N. Constraints of zero
displacement were set up for the thin surface boundaries
above and below the walls, which in reality are
connected to other CLT construction parts directly or
with elastomer in between.
Different models were developed and numerous
simulations took place during the study. But for the
purposes of this study, all the information of this chapter
refer to the most optimized model. The final model has
exactly 615990 degrees of freedom and the calculation
time needed was about 17 hours. The stationary solver
was used for the linear static response F.E. analysis.
The outcome of the calculations was the set of
displacements at the transfer points, which were chosen
in the same geometrical positions with the measurement
transfer points. All the data were exported from
COMSOL Multiphysics as '.txt' files. Then they were
imported in MATLAB_R2012b, the mobility levels in
dB (referenced to 1 m/Ns) were calculated according to
the theory formulas and post-processed for presentation.

Table 3: Material properties tuned in the F.E. model.

Material
CLT
Chipboard
Ballast
Sylomer
Min.Wool
Aluminum
Gypsum
Concrete screed

E(Pa)
4e9
2e9
10e6
2e5
1e5
40e9
4e9
1e9

ρ(kg/m3 )
400
300
1000
300
140
2700
800
1000

v
0.4
0.2
0.3
0.3
0.1
0.3
0.3
0.2

η
0.2
0.05
0.2
0.1
0.1
0.05
0.03
0.1

Figure 10: Image presenting the Finite Element model in
COMSOL Multiphysics, after the process of meshing. The
elements get smaller when they are closer to the multilayered
floor area for better resolution and accuracy in the results.

Figure 11: Image presenting the different material layers and
their position in the Finite Element model.
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4 RESULTS AND DISCUSSION
In this section, the results of the study are presented and
discussed. The initial measurements outcome was
recorded in the range 10-2000 Hz. However, the
frequency range of interest in this study is 10-200Hz,
which was also used for the F.E.M. simulations and
therefore presented here. The mobility results are
presented in narrow bands only for the transfer points 19 to give and impression of the frequency responses
recorded. Then all acquired results are presented in 1/3octave bands, where the energy is averaged and clearer
comparisons can be made.
The graphs can give an overall impression for the
acquired frequency responses and to present the
comparison between the modelled and the measured
outcome. The differences among driving point
(measured next to the excitation point) and transfer point
mobilities can be seen in a presented sequence and be
compared.
Excitation point
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4.1 ANALYSIS OF THE MEASURED RESULTS
The first conclusions about the test floor could be
extracted directly from the measurements. The first
mode of the structure is clearly excited at 18 Hz, as
shown in all plots, having the maximum amplitude level
of the curve at -80 dB. The next modes are not
sufficiently visible in all plots, especially up to 100 Hz.
Some of the basic resonances appear between 60 and
100 Hz in some plots but not clearly enough.
The general behavior of the structure seems to be very
damped, as there are not many sharp resonances.
Studying mobility plots, like in Figure 11, it is apparent
that non-damped resonances could be 10 to 20 dB higher
than the case of our test structure.
Comparing the impact propagation from the excitation
point to the transfer points the following conclusions can
be made:
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−160
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measurements were performed by WSP according to
ISO 140-7 and evaluated according to ISO 717-2
[12,13]. The calculated results are based on the averaged
velocities acquired by the F.E. model, as analyzed before
and the sound radiation approximations.

2

- There is at least 10 dB attenuation from the center of
the slab to the edges, at the floor side (Points 1-9).
- Points 1, 5 and 9 have slightly lower response than the
others, due to their position closer to the floor corners.
They are more clamped and therefore heavier damped.
Exactly the same happens also at the ceiling for transfer
points 11, 15 and 19.
- The vibration transmission at the ceiling transfer points
is reduced by circa 20 dB as a common trend for the low
frequencies. Above 200 Hz the attenuation was observed
to reach up to 40 dB. These results (above 200 Hz) are
not presented in this paper, but they can be found in [14].
The same situation exists for the flanking transmission
measurement at the wall positions.
However, it should be mentioned that all transfer points
in the results are close to the edges. That means that they
are positioned in the stiffer areas of the structure and
measurements in other surface points could show
different mobility responses.

10

Frequency in Hz

Figure 11: Data comparison in narrow bands for points 1 to 9;
purple lines for measured results and black for modeled by
F.E.M. Mobility [dB ref. 1m/Ns] plotted over frequency [Hz,
range; 10-200].

The validity of the mobilities was also evaluated with
coherence plots, which are not presented in this paper.
Additionally, due to technical implications during the
measurements, the results from the transfer points 26-29
are totally neglected in this study and therefore omitted.
Furthermore, a comparison between calculated and
measured impact sound levels, in the same study range
10-200 Hz is presented. The impact sound insulation

The coherence results for all measurements are
satisfactory (higher than 0.85) but only for the frequency
range of interest. Directly above 200 Hz there are
significant fluctuations or drops. This is expected as long
as the impact hammer used offers efficient excitation
below 500 Hz. Again the coherence plots can be found
in [14].
4.2 COMPARISON BETWEEN F.E.M. RESULTS
AND MEASUREMENTS
In Figures 11 to 14 the comparisons between the
simulated and the measured results are presented for
every individual transfer point and the driving point
(denoted as Excitation point). There is a degree of
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Figure 12: Data comparison in 1/3-octave bands for points 1
to 9; purple lines for measured results and black for modeled
by F.E.M. Mobility [dB ref. 1m/Ns] plotted over frequency [Hz,
range; 10-200].
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Figure 14: Data comparison in 1/3-octave bands for points 21
to 25; purple lines for measured results and black for modeled
by F.E.M. Mobility [dB ref. 1m/Ns] plotted over frequency [Hz,
range; 10-200].

agreement between modeling and reality but also visible
deviations, which are expected and acceptable for the
framework of this experimental study.
Specifically, a correlation for the first resonance was
generally achieved. The same happens for many higher
resonance frequencies or the anti-resonances of the
system as well. The overall behavior of the mobility
responses is approximated sufficiently but there are
many inconsistencies either in amplitude levels or
frequency positions.
For some points a slight shifting of the curve is
noticeable but there is still some agreement. In most
results the problem is in the mobility levels, which can
differ more than 20 dB in some cases. Usually the
modeled results are significantly lower than the
measurements, like for points 1, 11 and 21-25. In some
other cases, especially for the transfer points 12-19 on
the ceiling, the amplitudes coincide up to 50 Hz and then
the F.E.M. curves drop down locally for 50-100 Hz.
Finally, there are few cases, such as transfer points 18 or
19 where the simulated curve is partially up to 20 dB
higher.

Point17

−100

10

2

10

10

Frequency in Hz

−80

−140
1

10

Frequency in Hz

−140
1

10

10

Point25

−100

10

2

10

Point24

−80

1

10
Point23

−100

10

2

10

−100

Point5

Point4

10
Point22

2

10

2

10

Point3

−100

10

2

10

Mobility in dB

1

Mobility in dB

Point21

−80

10

Mobility in dB

Excitation point

−80

2

10
10

1

10

2

10

Frequency in Hz

Figure 13: Data comparison in 1/3-octave bands for points 11
to 19; purple lines for measured results and black for modeled
by F.E.M. Mobility [dB ref. 1m/Ns] plotted over frequency [Hz,
range; 10-200].

Additionally, the compared results of the excited floor
have a significantly higher agreement than the ones on
the ceiling or the wall below that. This is normal due to
the closer distance and shorter transfer path, which is
mostly affected by the same material, the concrete
screed, and the same boundary conditions of that
structural layer. The suspended ceiling is also connected
with the floor through the CLT horizontal beams, the
CLT plate and finally a thin aluminum grid (acoustic
profile), which complicates the transfer path too much
for estimation in transfer points 11-19.
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4.3 MODEL EVALUATION AND LIMITATIONS
The complexity level of the F.E. model is high and the
important deviations need to be analyzed. Significant
discrepancies in the resonance frequencies are usually
existent in the outcome of the Finite Element analysis.
This is the reason that material properties need to be
tuned and simulations to run again until there is a
satisfactory agreement with the measurements. Finally,
after tuning, the first modes can be calculated correctly
as seen in the study case as well. The most significant
problems occur in the mobility levels where deviations
could vary from 10 dB (acceptable for the scope of this
student project) up to 40 dB (not accepted). There are
many reasons for those inaccuracies (the ones bigger
than 10dB), which have to do mostly with the model
setup, especially when the geometry is complex. Those
complex cases demand simplified ways to represent the
physical phenomena and boundary conditions, whereby
many assumptions take place.

different frequencies or directions, for convenience and
simplicity in the simulations. All the above factors
combined can affect the calculation process in many
ways, which are not obvious. Hence, the sources of
uncertainty cannot be easily identified.

The model includes 8 different materials in a
multilayered structure, which makes it difficult to have
really good results. The combination of those materials
and their junctions make the transfer paths and the
calculations very complex, raising the amount of
inaccuracy. Structural details, such as the aluminum grid
of the acoustic insulation profiles and the wooden
supporting beams connecting the chipboard to the CLT
walls, can be tricky. Although they are included in the
model there is no evidence that they interact correctly in
the dynamic simulation. Their dimensions are very small
compared to the big volumes of CLT elements. It is also
assumed that all layers form a union in the software
model, meaning clamped connections at their
boundaries, which does not correspond completely to the
real case.
Furthermore, other parts of the structure like the metal
connectors for the CLT parts, the glued layers, the
screws and bolts are not included in the model due to
their small size and unknown real position. However,
those small parts play an important role in the
transmission of vibrations between elements because
they are rigidly connected. So they cannot be included in
the F.E.M. design but they affect the real mobility
response.
Concerning the simulations, there are sources of error
that should be noted as well. The values of material
properties are never precise and they are usually given
with some approximation in the literature. Then, the
tuning of material properties can lead sometimes to
unrealistic values that offer better results approximation,
and thus be accepted. In addition, the physical behavior
of materials is also involved in assumptions, with linear
and isotropic response being the most common.
However, it is known that materials like CLT, with
crosswise grain layers, are strongly anisotropic, i.e. they
have different properties for each direction. Some
properties are also frequency dependent in reality such as
the loss factor and Young's modulus. However, constant
values were used in the study, instead of matrices for

Figure 15: Representative vibration patterns (modal shapes) of
the test structure as acquired by the Finite Element model.

5 CONCLUSIONS
The applications of F.E. models in research or industry
can be a useful engineering tool. The main reason for
this experimental study as well was to develop a
sequence of calculations with Finite Element Method
that would be considered valid. This was achieved up to
a point but serious errors and deviations from reality
were found as well. Thus the results of the study cannot
be considered professionally good but they remain
acceptable and useful within the limitations of this
thesis.
The acquired results concerning amplitude levels and
frequency position are strange in same cases. That makes
some transfer point results not valid for comparisons and
they should be neglected. However, differences in levels
around 10 dB can be considered acceptable for this study
case and they offer valuable information for the
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investigation of the structure. Generally, the mobility
plots in 1/3 octave bands show a significantly better
agreement between measured and modeled results (due
to averaging within the bands) than the narrow band
comparison.
Little experience exists about modeling complicated
structure types. The sources of possible error are
numerous and the development of such a F.E. model
relies on the researcher, including assumptions, changes
or simplifications. Summing up, the deviation between
modeling and reality is always existent. In the study case
of this thesis, a model of a multilayered structure with
complex joints was set up, calculated and evaluated.
The outcome is positive for an experimental study like
this, although the analyzed calculations could not be
used as a professional tool yet. However better results
can be possible with further investigation and with
developing the individual parts of the process before
combining them in complex F.E. modeling. Specific
suggestions for future research could be to test material
types and their properties in individual measurements
and simulations. Properties have to be defined
accurately, with frequency dependent values when
needed and be part of detailed literature. Then after some
good agreement between modeling and measurements
researchers could try to combine more materials in
complex models and combine method such as the Finite
Element Method and the Boundary Element Method.
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SILENT TIMBER BUILD – DEVELOPMENT OF LOW FREQUENCY
VIBROACOUSTIC PREDICTION TOOLS FOR LIGHTWEIGHT
WOODEN CONSTRUCTIONS
Delphine Bard1, Catherine Guigou Carter2, Corentin Coguenanff3, Juan Negreira4

ABSTRACT: The goal of the Silent Timber Build project is to develop new prediction tools for timber structures. As a
matter of fact, impact sound insulation in the low frequency range is a crucial point concerning satisfaction of lightweight
wooden-based building residents. Floor systems are rather complex: multi-layered, multi-cavity, stiffened, with floor
covering and ceiling (either rigidly connected, suspended, or completely independent), etc. Finite element (FE)
simulations have proved to be useful in the design phase for the low frequency range (below 200 Hz). To address mid
and high frequency range, other methods have to be implemented such as Statistical Energy Analysis (SEA). This paper
concentrates on impact sound insulation prediction in the low frequency range by means of FE simulations and presents
first validation steps for a wooden floor identified as representative in Europe. The main difficulties in impact sound
insulation prediction are identified and discussed.
KEYWORDS: acoustics, lightweight construction, wooden structure, impact sound insulation

1 INTRODUCTION 123
Prediction models have been successfully developed in
the recent years to foresee the acoustic performance of
heavyweight (mostly concrete-based) buildings and
building elements, with respect to air-borne and structureborne excitation. With the recent boom of the wooden
multi-storey buildings, a lot of work has been carried out
to predict acoustic performances associated to lightweight
buildings and lightweight elements. There is not,
however, a good prediction method for this type of
structures, since lightweight wooden buildings and
elements are more complex, more diverse and more
complicated to model. Such buildings are often multicavity stiffened systems with different types of possible
connections and furthermore they are made of a natural
and thus highly variable material such as wood.
The French Acoubois project, finished in 2014, concluded
that one of the major needs was the development of
acoustic performance prediction models for lightweight
elements (walls and floors). In order to predict the
acoustic performance of the building, the individual
performances of building walls and floors are necessary;
and a rather large number of these elements was tested in
the laboratory. This project also demonstrated that impact
noise is a major annoyance for the occupants of
lightweight wood-based buildings [1]. The projects
1
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Akulite and AcuWood came to the same conclusions [2, 3].
Akulite results [2] highlighted the importance of including
low frequencies when evaluating impact sound insulation.
This was arrived at by statistically analysing impact sound
insulation measurements performed according to the
corresponding ISO standard with subjective ratings from
people living in those dwellings that were collected via
questionnaires. Accordingly, it was recommended taking
into account third octave bands starting at 20 Hz for
impact sound, since the correlation between subjective
and objective parameters given by the statistical term R2
increased from 32% (when considering 50 Hz as the lower
frequency limit) to 85% (when a new proposed adaptation
term and frequencies from 20 Hz were involved). Based
on this and in order to ease and sustain wood usage, the
European project Silent Timber Build was designed to
develop new prediction tools for timber-based building
components such as walls and floors. The poor
vibroacoustic behaviour in the low frequency domain of
those lightweight structures makes the impact noise
performance an issue to be tackled and properly solved,
as the highest levels of the excitation spectrum are found
into the low frequency range (such as for footsteps,
modern audio devices or building equipment).
This paper focuses on low frequency range impact sound
insulation prediction and presents first validation steps for
a wood floor identified as representative in Europe. The
3 Corentin
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main difficulties in impact sound insulation prediction are
identified and discussed. The ultimate aim of the project
is to develop a prediction tool over the whole frequency
range (i.e. from 20 Hz to 3150 Hz) by combining finite
element (FE) simulations (for the low frequencies) and
statistical energy analysis (SEA) for the mid and high
frequencies. This approach is discussed and application
cases presented in a different paper [4]. Some preliminary
results regarding acoustic prediction of wood-based floors
combining the complementary FEM and SEA approaches
in order to cover the complete frequency range of interest
were presented in [5]. Likewise, the challenges for
acoustic calculation models in Silent Timber Build project
have been examined in [6]. Once these acoustic prediction
tools are developed and validated, an optimisation process
can be started in order to propose new lightweight woodbased solutions to the constructors in order to improve
resident satisfaction with respect to acoustic comfort.

2 IMPACT SOUND PREDICTION
TOOLS FOR WOODEN BUILDINGS
When creating a predictive tool, four main elements must
be dealt with: (i) the impact source (the ISO tapping
machine is utilised in the existing standards nowadays),
(ii) the structure-borne vibration transmission through the
flooring system (iii) the sound pressure level in the
receiving room and ultimately (iv) the human perception
of the created vibrations or sounds. In the following, each
of the aforementioned elements is delved into. The results
presented here are mainly extracted from [7, 8].
2.1 EXCITATION SOURCE

19], associated excitation forces are structure dependent
as hammers interact with the floor during the impact time.
At very low frequencies, amplitude spectra are comprised
within a 6 dB wide theoretical band defined by extrema of
momentum variations (elastic impact or impact without
rebound). Thus, it can be understood that floors that
display high mobility contrast over their surface, such as
lightweight wood-based floors, require a specific
attention directed towards the modelling of excitation
forces. Indeed, transmitted energy differs whether the
floor is impacted onto joists or in between. Within the
aforementioned references, a model for such force was
then constructed using driving point mobilities of infinite
plates or beams.
Later on, a model was proposed in [5, 9] within the
framework of a FE computational strategy, in which
excitation force spectra are constructed through a set of
transient responses of the finite element model of the floor
to punctual impacts. Indeed, the force time signal fh(t)
resulting from a single periodic impact of the hammer
denoted with the index h can be represented by a complex
Fourier series so that

f h (t ) 
with

Fnh 
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n
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Then, the knowledge of fh(t) over one single time period
(say during a single impact time) allows one to compute
the associated Fourier coefficients and to reconstruct the
excitation, in the frequency domain, resulting from the
whole tapping machine.

Figure 2: Time history of the impact force associated with one
hammer, the thick solid lines denote time signals before the
hammer is projected away from the floor.

Figure 1: Standard ISO tapping machine used for the evaluation
of the impact sound insulation performance.

Proper characterisation of the excitation source is needed
in order to ultimately be able to match acquired
measurement results. Within laboratory conditions, the
tested lightweight floor is placed over a receiving room
and a standard tapping machine is used for the generation
of a steady excitation in various positions. No conclusive,
accurate and handy way of modelling the ISO tapping
machine has been developed so far. As emphasised in [17-

The time signals displayed on Fig. 2 result from such
computation and illustrate differences in frequency
content as well as in amplitude that can be expected when
a hammer strikes onto a joist or in between. Moreover, the
resolution of such preliminary transient problems yields
displacement fields over floor surfaces, during a single
impact time, for different impact locations. In particular,
Fig. 3 shows displacement fields by the end of impacts
(when the hammer is projected away from the system)
which were performed on top or between joists. Thus, it
can be observed that in the case of an impact between
joists, the bending wave has the time to reach the closest
joists and reflect back, then modifying the excitation force
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spectrum. By way of consequence, the knowledge of the
driving point mobility of a single plate, such as in [18, 19],
might not be sufficient for the prediction of impact forces
between joists.

Figure 3: Example of vibrational displacement fields produced
by a hammer of the ISO tapping machine by the end of impacts
(when the hammer is projected away from the system).

In [5], encouraging comparisons are also presented
between measured quantities (impact noise level and
velocity levels of different points over the floor system or
ceiling) and those computed through a FE computational
model constructed using nominal physical properties.
However, dedicated experimental validation has yet to be
undertaken in regard to the floor modelling itself, in order
to address problems mentioned within Section 2.2 such as
boundary conditions, mounting, material properties,
connections, etc.
2.2 FLOOR SYSTEM

Figure 4: Typical wood-based floor system.

Lightweight wood-based floors are complex assemblies
combining the intrinsic properties of each component to
meet various constraints: mechanical durability,
minimum heat transfer, sound insulation etc. Figure 4
displays an example of the geometries and materials that
can be encountered within a typical lightweight floor
system and highlight the strong structural transmission
paths, inherent to most timber-based designs and source
of most of the insulation problems at low frequencies. A
typical lightweight wood-based system is then constituted
of a load bearing shear panel consisting in wooden
composite boards rigidly connected to a primary wooden
frame. Thus, one of the advantages of such design is
allowing thermal insulation materials to be comprised

within the system, resulting in compact separative
solutions. Then, a secondary frame of wooden lath or steel
profiles, possibly structurally decoupled from the primary
frame, supports the plasterboard facing. Such systems can
be set up in parallel in order to obtain double separative
solutions with independent primary frames. From the
mechanical point of view, three domains of different
physical natures are then identified: a solid elastic
structure, internal acoustic cavities and poroelastic
components. Then, the flooring system to be evaluated
must be modelled properly so that the structural vibration
transmission is accurately predicted. However, the
modelling of such a complicated system as a wooden floor
system is still a daunting task.
First of all, lightweight building materials range from
typical wood industry products (such as particle boards,
oriented strand boards, mere wooden beams) to plaster
industry products (plasterboards, metallic studs, etc.).
There is consequently a huge amount of products,
available within the design process, whose mechanical
properties are not documented enough for advanced
dynamical simulations. More, such building materials
often display macro-level inhomogeneities resulting in
statistical fluctuations of their properties. In [7], a
methodology was presented to identify effective elastic
properties associated with typical lightweight building
elements. Considering the large span of nominal values
that could be observed in the literature, batches of
nominally identical lightweight elements were measured,
thus initiating a systematic approach to discriminate the
different sources of uncertainties going from the single
element to the whole assembled system. Fluctuations
among the materials involved within typical lightweight
building construction were highlighted before any
workmanship took place. The level of known
inhomogeneity for each material was consistent with
observed level of fluctuations. What could not be
quantified, however, are the statistical fluctuations for a
given product among different manufacturers or different
batches. In a second step, a probabilistic approach of
uncertainties allowed the construction of prior
probabilistic models associated with the elastic properties
and mass densities of typical lightweight building
components. Then, the respective hyperparameters were
identified from experimental measurements.
Lightweight building systems are complex mechanical
systems constituted from the rigid assembly of multiple
elastic subparts. Structural transmission paths are
consequently key within the accurate evaluation of the
acoustical insulation performance of such systems.
However, it can be expected that uncontrolled residual
flexibilities exist within structural connections, resulting
from a given technological choice or from the influence
of workmanship. Moreover, some typical acoustic
solutions involve elements with very low stiffness which
most of the time improve the high frequency performance
but whose effect within the low frequency range is
difficult to predict.
Such an overview illustrates the complexity of the
systems of interest and of the expected complexity of the
methodologies that need to be deployed. At the same time,
the numerical tools that are to be developed are to
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ultimately be employed by the industry; thus they should
not just be accurate and reliable, but also easy-to-use.
Hence, it is important to investigate exhaustively what is
essential to actually include in the models and the level of
details required to capture the dynamic phenomena
involved accurately without including any unnecessary
detail. In [9], for example, studies showing whether or not
air and insulation in cavities (between beams and plates)
of multi-storey wood buildings affect the transmission of
low-frequency structural vibrations were presented. It was
concluded, by means of numerical studies that is not just
the structural vibration transmission that is of importance,
but also the acoustic resonant transmission. Thus, air and
insulation in cavities, modelled as acoustic media, have to
be considered when predicting the vibration transmission
from a floor to the underlying ceiling and surrounding
walls.
Other characteristic of some building techniques using
wood is the frequent use of elastomers (in different
shapes: blocks, strips, covering the whole surface) at
junctions, as a vibration reduction measure (see Figure 2).
However, no reliable methods to obtained reliable
assessments of their material properties existed. Thus, the
research reported in [10] concerns the characterisation of
an elastomer, presenting an accurate method for
extracting its material properties from the manufacturer's
data sheet (properties there being often linked to such
structural effects as shape factors and boundary
conditions of samples and tests). The properties were
extracted by comparing results obtained by analytical
calculations, FE simulations, and mechanical testing,
separating geometry and material dependence.
Ultimately, the properties obtained will serve as input to
commercial FE software for setting up accurate numerical
prediction tools.

Figure 5: Laboratory setup of a wooden floor using elastomers
at the junctions, between the floor itself and the supports.

Another issue of paramount importance when modelling
vibration transmission in periodic structures such as a
wooden floor are the connections between beams and
plates. In [11] guidelines on how to model different beamplate connections are given. They were drawn by
calibrating FE models of the T-junctions in question with
measurements performed on mock-ups representing cutouts of actual full size floor assemblies in terms of
eigenfrequencies and eigenmodes (see Figure 3). After the

numerical models were calibrated, different issues which
could influence the dynamic behaviour of the structures
were investigated (e.g. presence of screws, type of glue
used, types of connections, etc.), and guidelines were
presented to include these connections into FE predictive
models. A similar process was undertaken in [7] in which
parameters where identified for a simple connection
model between wooden boards and beams. It was shown
that perfect rigid mounting effectively over stiffens the
model and that a flexible mounting model improves the
overall prediction of the mobilities between various points
of the boards and beams of a typical shear panel.

Figure 6: Measurement setup for one of the T-junctions
investigated in [11].

2.3 RECEIVING ROOM

Figure 7: Setup for the evaluation of impact sound insulation
performance in laboratory conditions.

A given floor is excited by the tapping machine and
radiates acoustic energy within the receiving room. Such
energy is then indirectly evaluated through Sabine theory
using a spatial average of the sound pressure. The
measured sound pressure level in the room below is to be
accurately predicted, for which knowledge of absorption,
reverberation time, etc. is needed. Some investigations
along those lines can be found in the field of room
acoustics, for example, in [10-13], mismatches in the low
frequencies due to the non-diffuse nature of the pressure
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field, being still found. However, in [20-22] it is shown
that good agreement can be obtained between
measurements and computations as long as relevant
characterisation of the rooms is performed.

Figure 8: Typical laboratory receiving room, including acoustic
diffusers.

At low frequencies, acoustic energy within the rooms is
locally dominated by single modes whose accurate
characterisation is then required. In particular, good
knowledge of the modal damping is critical for the
determination of the sound pressure levels. However, the
non-diffuse nature of the pressure field at low frequencies
renders the statistical meaning of a quantity such as
reverberation time, which is expected to provide some
information about acoustical damping, intricate [23].

Figure 9: Typical laboratory receiving room, including acoustic
diffusers [7].

Figure 9 illustrates the fact that acoustic energy within the
receiving room is locally dominated by single modes. The
number of modes participating for 99% of the sound
pressure level within the receiving room is displayed and
it can be seen how the evaluated performance is
influenced by room modal resonances between 60 and
65 Hz and between 75 and 80 Hz. In fact, only one mode
contributes to the sound pressure level. Disturbances in
regard to the two room modes that respectively control the

receiving room pressure field at 63 and 77 Hz would
entirely change the evaluated performance in such
frequency range. In particular, diffusing systems or
absorbers can have a huge impact on the acoustic energy
per third octave band.
In [5], different computational strategies are compared for
the prediction of the acoustic power radiated by a system
submitted to impact loadings. Acoustic radiation into a
receiving room modelled as a parallelepiped rigid cavity
or into a semi-infinite baffled space are considered.
Obtained results display up to 10 dB difference over the
frequency range [20, 400] Hz and illustrate the influence
of the receiving medium onto the evaluated performance.
By way of consequence, it appears that floor model
validation and updating at low frequencies requires a
necessary first step at the structural scale. Within such a
first step, local information such as point velocities have
to be favoured.
2.4 HUMAN PERCEPTION
As previously mentioned, the current requirements to
acoustically approve a building are, in most countries,
based on evaluations of the acoustic performance from the
100 Hz third octave band and upwards. At the same time,
an increasing need has been felt to look carefully at the
performance of buildings at levels below 100 Hz,
especially as regards lightweight buildings, since
complaints often arise amid people living in those
dwellings. The latter highlights that evaluation methods
which correlate better with how humans perceive low
frequency noise are called for.
The problem is, however, that human perception of floor
vibrations and noise in general is highly subjective due to
the numerous factors involved. For instance, people differ
in how they react in response to what are nominally the
same vibration levels (reflecting inter-subject differences
in this respect), and a given person may respond
differently to a particular level or type of vibration under
differing circumstances (intra-subject differences). The
latter is the reason why nowadays, there are still no clearly
stated limits for acceptable vibration levels that are used
in buildings but simply certain guidelines that have been
developed. Thus, more studies dealing with human
perception of low frequency vibrations are called for.
Along those lines, in [12], psycho-vibratory tests were
performed in order to be able to better estimate what level
of vibrations can be seen as acceptable in wooden
dwellings. In there, measurements on five different
wooden floors were performed in a laboratory
environment. Acceleration measurements were carried
out while a person either was walking on a particular floor
or was seated in a chair placed there as the test leader was
walking on the floor (see Figure 4). These participants
filled out a questionnaire regarding their perception and
experiencing of the vibrations in question. Independently
of the subjective tests, several static and dynamic
characteristics of the floors were determined through
measurements. Indicators of human response to floor
vibrations were developed, specifically those regarding
vibration acceptability and vibration annoyance, their
being drawn based on relationships between the

WCTE 2016 e-book | 2936

questionnaire responses obtained and the parameter
values determined on the basis of the measurements
carried out. To that end, use was made of multilevel
regression (not widely used as yet), which also proved to
be a valuable tool for modelling repeated measures data
that involves substantial inter-individual differences in
rating.

the structure-borne vibration transmission through the
flooring system (iii) estimation of the sound pressure level
in the receiving room and ultimately (iv) the human
perception of the created vibrations or sounds. The results
summarised in this paper pave the way towards enabling
reliable numerical predictive models which can foresee
the vibraoacoustic performance of wooden multi-storey
buildings during the design phase of the construction in
an accurate manner.
Nevertheless, the ultimate substitution of measurements
(which can be both time-consuming and costly) by
numerical prediction tools must take place only when the
predictions yielded are accurate and reliable enough. To
that end, more studies are needed. At the present time,
complex but simply generated computational models are
available. The next necessary step consists in targeted
experimental validations. More specifically, construction
of mock-ups in laboratories to validate FE models against
measurements performed in a controlled way should be
prioritised. Likewise, further investigations addressing
the characterisation of the receiving room, how to tackle
the different uncertainties involved (workmanship,
material properties) as well as human perception, are
needed. Ultimately, further development of substructure
modelling to speed up calculations when assembling more
building parts (building scale, resulting in larger models)
is also advised.
All in all, when research in the field succeeds to accurately
predict the behaviour of such structures and to better
understand how humans perceive floor vibrations, current
standards [24-39] will be modified accordingly with the
knowledge gained and thus acoustic comfort will be met
in wooden multi-level buildings.
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USING THE DELTA MODEL TO TRANSFORM CHILEAN TIMBER
CONSTRUCTION INDUSTRY
Juan José Ugarte G.1
ABSTRACT: Since 2002 UC Timber Innovation Center (Centro UC de Innovación en Madera, CIM UC) has led a
process of innovation and transformation of the timber industry in Chile, with the aim of generating products with added
value to transit from an industry based on the extraction and import of natural resources towards an industry based on
innovation and technological transformation
The present article develops the main ideas and guidance on this effort, the method from which generates synergies
between business, academy and public sector, the strategic plan that emerges from there, to then show in detail the main
progresses in this area. The problem is tackled from the “DELTA Model” where principal stakeholders from the industry,
the public sector and the academy are aligned to generate the necessary elements to conduct radical transformations
needed for this kind of effort.
KEYWORDS: Timber industry in Chile, Innovation model, Strategic Plan.

1 INTRODUCTION
Chile is undoubtedly a major player in the forest industry
globally, with 2,447,591 hectares of forests and a
production volume of sawn timber that in 2014 reached
7,998,781 m3 (mainly from Radiata Pine), which places it
as the 12th country in world’s production2. Two large
companies dominate the forest market locally3: Arauco
and CMPC Maderas (Mininco), and with regard to boards,
two other companies are added: LP (Loussiana Pacific)
and Masisa4. They all have environmental certification
and qualify the resistance of their products5, allowing
them to have a competitive presence in the markets of five
continents.
But despite this recognized potential, the use of timber in
the industry of Chilean construction is still very
uncommon, with only 16%6 of houses with one or two
storeys using it as structural material and there is no
presence in buildings of three or more storeys high7.
To tackle this challenge, the Timber Innovation Center
(CIM UC for its acronym in Spanish), an alliance between
Pontificia Universidad Católica de Chile (PUC) and the
1

Chilean Timber Corporation (Corporación Chilena de la
Madera, CORMA) was created. The CIM UC is an
interdisciplinary8 center that proactively brings together
the capabilities of the universities and those of the
industry, to generate new knowledge about timber
construction and transfer it to society.
Their main working lines are:
a) Value generation for the market from the timber
building industry. Their main lines of work are:
generation of value for the industry market of
timber for construction. This Line of Work
emphasizes the connection between creation and
adaptation of new knowledge and the creation of
value for society and individuals through new
products, services and processes related to
timber.
b) The alignment of current capacities (knowledge
and innovation). The goal here is to study in
detail and make the most of existing capabilities
in the development of timber, both locally and
globally, and align these capabilities with the

Juan José Ugarte, Professor, UC School of Architecture, UC Timber Innovation Center, jugarte@uc.cl
Sawmill Industry 2015. Statistic Bulletin 151, Forestry Institute, Chile, 2015
3 73,9% of the exportation of Chilean forestry products. INFOR 2014.
4 Certificate of Forestry Management FSC (Forest Stewardship Council) : Arauco and CMPC Maderas (Mininco), 2013
5 APA Certification (The Engineered Wood Association): LP and Masisa (from 2010)
6
Encuesta construcción INE 2015
7
Álvarez et. al, 2015
8 Architecture, Engineering, Civil Construction, Design, Forestry Ingeneering and Basic Sciences related materials (Chemistry,
Physics and Biology)
2
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interests of the different market participants or
Timber Cluster.
c) Strategic positioning, both locally and in Latin
America, of timber construction. The objective
of this line is to collaborate and report correctly
on the implications of the development of this
industry, its products, processes and services to
decision-makers in the areas of construction,
based on hard and measurable information, both
of Chile and of Latin America.

2 THE PROBLEM
Currently in Chile, there is a low demand for timber
buildings. Recent studies indicate that the reason of this
gap could be attributable to a poor perception by users9,
which leads us to assume as a working hypothesis the
existence of a technological backwardness in Chile's
timber construction sector, in relation to other current
predominant materials (reinforced concrete, masonry, and
lightweight steel). We graphed this technological
backwardness in the following five aspects:
1.

9

The perception of timber by final users, as a
fragile and non-lasting material with difficulties
in its maintenance and risks related to
deformation of the structures and elements, fire
and termite attack.

2.

The absence of designs and technical
specifications properly adapted and tested for the
national context, with certificated construction,
energetic and environmental attributes, feasible
to be communicated and transferred to future
occupants.

3.

A standard for the design of anti-seismic timber
structures that do not respond to the specific
material qualities and an insufficient regulation
on energy efficiency of the building

4.

A low associativity level between the main
agents of the sector: forestry, industry,
construction, real estate, professionals and
academics, with an industry of prefabrication in
timber still incipient and a weak workforce.

5.

The lack of incentives to promote change of
materiality, from the traditional reinforced
concrete and masonry towards buildings with
intensive use of timber.

Programa Estratégico Mesoregional Industria de la Madera de
Alto Valor. CORFO, Chile 2016.
10 Acuerdo de Copenhague de 18 de diciembre de 2009. XV
Conferencia Organización Naciones Unidas sobre el Cambio
Climático.
11 Boston Consoulting Group, 2013.
12
Programa Estratégico Nacional Productividad y
Construcción Sustentable. CORFO, Chile 2016.
13
Borgesson & Gustavsson, 2000.

3 OPPORTUNITY
Taking into account the effects of global climate change,
and as part of Copenhagen Agreement10, Chile assumed
before the international community the challenge of
reducing, in a term of 10 years, its energy consumption
and the emission of greenhouse gases by 20%11 In this
task, the construction sector plays a key role, as it
consumes 26% of energy and emits 33% of these gases12.
This is a great opportunity for timber, because when
comparing it with the current prevailing materials in Chile
(reinforced concrete, masonry, lightweight steel), it
consumes between 60% and 80 % less energy during its
construction and operation13, and in terms of equivalent
CO2 emission, timber contributes with 36% less than
concrete14 .
To move towards a more sustainable and productive
construction industry, the State has launched two strategic
programs of national scope that seek to change these
trends and take advantage of the opportunities offered by
timber, incorporating to this effort the Small and Medium
Forest Enterprises (PYMES) that have difficulties in
joining a more sophisticated market of provision of
structural timber and manufacture of products with higher
added value15.

4 TOWARDS A SOLUTION (DELTA
MODEL)
To take these opportunities and succeed in overcoming
the challenges described, the UC Timber Innovation
Center gathered the different actors of the value chain
system: forestry, industrial, suppliers, builders and real
estate, professionals and academics, to jointly develop
one Strategic plan capable of generating an Agenda that
serves as a framework and guidance on key actions to be
taken.
For this purpose we worked within the conceptual and
methodological framework presented by the "Delta
Model"16, which gives us a perspective totally different
from the most commonly strategic approaches used. This
model was originally developed by Arnoldo Hax to
formulate, articulate and implement development
strategies in companies, and from there the author,
together with J.J. Ugarte17, developed relevant
innovations to the model, in order to adapt it to the reality
of a university, typology in which the CIM UC is
inscribed, allowing us to rigorously carry out the process
illustrated below.

14

White, 2013.
Ibid. 9
16 Hax A. The Delta Model: Reinventing your Business
Strategy. Springer, New York, 2010. El Modelo Delta,
Reinventando la Estrategia de tu Negocio. Arnoldo Hax.
Ediciones Universidad Diego Portales, 2013.
17
Hax, A. Ugarte, J.J. Hacia la Gran Universidad Chilena. Los
desafíos de su transformación estratégica. Ediciones
Universidad Católica, Santiago de Chile, 2014.
15
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The prevailing view in terms of planning has been to
define the goal of the strategy as the achievement of a
sustainable competitive advantage. Most, if not all, of the
most used and respected referential frameworks that guide
the process of developing a strategy are anchored in this
concept. The central aim of the strategy becomes to
exceed the competitors (in our case other building
materials), which constitutes our "benchmark", forcing us
to see the strategy and consequently the management, as
rivalry: to be successful we have to beat someone. The
strategy is destructive, the strategy is war. For timber to
succeed, we must defeat the predominant material,
reinforced concrete. Not a very encouraging picture, and
not a very promising strategy.
The challenge was then to develop creative skills that
allow us to find a unique way to respond to the new
inquiries faced by industry, and thus lead its management
through these innovative ways. It will always be relevant
to study the best practices in industries leading the system
and the way they are organized, but never to imitate them.
In this way, this planning exercise provided us with
insightful reflections on how to better manage and
maximize the social benefits that these new capabilities
would represent.
The focus of the "Delta Model" is far more holistic than
other models commonly used, as the one proposed by M.
Porter18. This allows us to identify three profoundly
different strategic options, which we visualize in what we
have called "The Triangle" represented in the following
Figure No. 1.

Leadership of the System

Integral
Solution

Better
Service

Figure 1: Delta Model
The first, called "Best Service" is the one that conceives
administrative efficiency and differentiation in the
provision of these services as strategic positioning.

18

Porter, M. E. Competitive Advantage: Creating and
Sustaining Superior Performance. Free Press, New York, 1985.

The second is what we call "Integrated Solutions ". This
implies that instead of delivering "commoditized " and
standardized services, we try to understand the needs of
each constituent, and based on this intimate knowledge,
make a concrete and singled contribution with a high
degree of added value.
The third dimension, which we call "System Leadership"
is extremely ambitious, because it implies reaching the
unquestionable dominance of the system in which the
institution is operating.
To fully understand the principles of the "Delta Model"
we should emphasize three points that we perceive as
fundamental differences in our approach:
1.

We reject rivalry and replace it for a high
cooperation attempt that we carry out in the most
constructive way possible.

2.

We substitute competitors as the driving force of
management and replace them for a
concentration on the constituents, who as we
said, we must attract, satisfy and retain.

3.

We expanded the focus of having only this
particular industry as the focus of analysis,
progressing in the understanding of what we call
"extended enterprise", which means to
understand and act with all the complex network
in which the timber system operates.

These are fundamental differences in relation to Porter's
model, which has been enormously dominant as strategic
thinking, to replace it for a conception far more
constructive to our judgment. It is worth emphasizing that
the formulation of a strategy is a dialogue between the
most important constituents that ultimately translate into
an enthusiastic consensus and a constructive strategic
agenda.
Following the method, we had five key tasks towards
formulating the strategy, shown plotted in Figure 2. First,
segmentation and "granular" description of each of the
constituent groups that make up this timber construction
eco-system. In this case, we work with representatives
from the industry sector, such as forestry companies,
timber and board producers, and the secondary industry of
prefabrication and assembly. The private sector was
attended by representatives of construction companies,
professionals in architecture, engineering and
construction, and real estate developers, Academics from
the nearest disciplines, such as architecture, engineering,
construction, design and forestry also participated. Public
sector representatives from the Ministry of Housing and
CORFO (Corporation for the Promotion of Production).
As "complementizers" we invited representatives of the
"dry construction" industry, as manufacturers of gypsum
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board, coatings and protections for outdoor use, as well as
connector manufacturers.

5.1 DEVELOPMENT OF THE STRATEGIC
AGENDA: A CALL TO ACTION.

Second, this second task makes us reflect on the existing
capacities at the university and to what extent they allow
us to position ourselves as a leader sector in construction.
It is important to contrast those competencies existing at
the time of carrying out our analysis, those that are
desirable to meet the new requirements that have emerged
from the previous task. Evaluation and contrast between
existing and desired capabilities to meet the demands of
the constituents, establishing the main gaps to be filled.

The main purpose of the three tasks described above –
segmentation of the constituent and its consequent value
proposition; the package of institutional competencies;
and the statement of the operative mission- is to develop
a Strategic Agenda. This is the final result of the strategic
planning process. After all, all the diagnosis that we have
conducted must converge in a clear definition of this
Strategic Agenda, identifying the actions that we will take
into account to drive the organization toward the desired
transformation.

Sectorial
Capacities

Segmentation
Constituents
Operative
Mission
Operativa
Strategic
Agenda
Performance
Metrics

Figure 2: Strategic tasks Delta Model
Third, the definition of an "Operative Mission". The two
previous tasks -segmentation of constituents and sectorial
capabilities- provide the foundation of our global
diagnosis. From there a clear understanding of where we
are arises and the changes needed to improve the current
situation. The real purpose of the declaration of Operative
Mission is to fully capture and articulate our vision of
future in an integrated manner. It is a critical job because
it meets the strategic tasks that we have been developing
in a single statement, which defines the institution and the
challenges faced. The well understood Operative Mission,
is a key vehicle for communicating our sense of direction,
both within and outside our institution.
Fourth, the generation of the strategic agenda, which
seeks to identify and explain in very concrete and
pragmatic terms the specific tasks that we must perform
to fully satisfy the requirements of our constituents, and
define the new competencies and skills required by our
sector to achieve the impact we desire.
Fifth, establish the appropriate metrics that allow us to
effectively monitor the agenda and define how to measure
their performance.

5 STRATEGIC IMPULSES AND
AGENDA

5.2 IDENTIFICATION OF THE STRATEGIC
IMPULSES.
We call Strategic Impulses to the elements comprising the
Strategic Agenda. Impulse suggests a propulsive force, as
the one of a rocket. This is not a poor analogy as we seek
to make those strategic impulses vigorously move the
organization toward the new state we have stipulated in
the statement of the Mission.
Strategic Impulses are the main tasks that the sector needs
to address in order to achieve a desirable strategic
position. By their nature, the strategic impulses identify
the major tasks that must be carried out, which as a whole
determine the critical tasks to be addressed. We are not
interested in identifying trivial operative matters, which
are part of daily work. We do not want to turn the Strategic
Agenda into a "laundry list" of the many things we would
like to do.
Due to the way our methodology captures what we have
called "suggestions of strategic action" -which have a high
critical content for the organization- prevents us from
falling into the trap in this list of harmless tasks. However,
this does not free us from producing a list containing a
very large number of possible suggestions. To solve this
problem it is necessary to prioritize this list, so what we
do is call for a vote in which the key industry executives
are involved.
Strategic Impulses should invoke action; in fact, the
Strategic Agenda is a call to action, and not simply an
expression of desires, which do not provide a clue about
how to reach them. It is not just what, but also how.
All economic or industrial sector has a set of operational
activities that require enormous attention from their
managers. Usually they are consumed by those activities
which are classified as "urgent", however, they do not
really have the critical level that it is intended to assign.
Therefore, it seems essential to separate the strategic from
the operational in terms of responsibilities of its directors.
To achieve this, the Strategic Agenda is invaluable,
because it captures those tasks that are of great
significance, they maybe do not emerge from the daily
work of the sector so the Agenda assigns these tasks the
importance they deserve.
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Following, we will expose four of the Agenda’s impulses
that we are currently developing:
5.2.1 ASOCIATIVITY (NATIONAL AND
INTERNATIONAL)
Due to the trust generated during the joint work on the
Strategic Plan, the CIM UC signed cooperation
agreements with major forest industries and the timber
construction sector in the country, which, besides of
providing their expertise, donated resources for
implementation of the agenda. Meanwhile, with the
Ministry of Housing of Chile there was an agreement to
work in a plan to develop new typologies of building
systems based on timber structures, which were approved
by the authority for construction of housing with State
subsidies. Based on these typologies, The MINVU, jointly
with the CIM UC and companies of the sector, have
developed projects of "eco-sustainable neighborhoods”,
which are exposed below. It was agreed with national and
foreign universities19, to develop research in a
collaborative basis, both with academic skills and
laboratory equipment. The diagnosis of CIM UC was
integrated to the "roadmap" of the “Plan Estratégico
Mesoregional”20, defined by the public entity responsible
for its implementation.

Figure 3: Axonometry of the "ventilated wall" composed
of a 25mm thick air chamber and a frame structure and
platform calculated for buildings of up to three storeys
high and two layers of gypsum board necessary to comply
with the requirements of fire resistance and external
coating with different terminations.

5.2.2 GENERATION OF NEW KNOWLEDGE
There have been two major research projects led by CIM
UC. This achievement obtained several awards and
recognitions from the industry, where it stands the
“Premio Avonni 2012” to innovation in Chile in the New
Cities category.
5.2.2.1 FONDEF D03i102021 “Envelope Design for
Timber Housing: technological innovation to promote the
use of radiate pine in Chile”. An envelope wall was
developed structured in timber with ventilated chamber,
which solves issues such as Energy Efficiency and avoids
overheating in this type of light structures in a high solar
radiance climate as the Chilean (Figure 1). Starting from
a 0,45 W/m2K factor of thermal transmittance (calculated
according to Chilean Code NCh 853 Of. 91) achieves
savings for up to 49% from annual heating demand from
designed and built housing prototypes in the framework
of the project, in comparison to an envelope that complies
with the minimum required by Chilean Thermal
Regulation.

Figure 4: Experimental test on warming
5.2.2.2 FONDEF D06I103422 “The Good House.
Envelope design for timber house phase II: floor and roof
components”. The project included the construction of
four timber houses in two different regions to deal with
climate requirements at each geographical zone, which

19

Nacionales: Universidad del Bío Bío; Universidad de
Concepción; Universidad Austral de Chile. Internacionales:
Universidad Tecnológica de Viena; Universidad de Harvard.
20 Ibid. 9
21
J.J. Ugarte, W. Bustamante, H. Santa María, T. Fernandez,
J.I. Baixas, M. Ubilla, F. Encinas. FONDEF D03i1020: Diseño
por envolvente para la vivienda de madera: Innovacion

tecnologica para fomentar el uso del pino radiata en Chile.
Undecimo concurso nacional de proyectos de I+D, 2003.
22
J.J. Ugarte, W. Bustamante, H. Santa María, T. Fernandez,
J.I. Baixas, M. Ubilla, F. Encinas. FONDEF D06I1034: La
buena casa: Diseño por envolvente para vivienda de madera
fase ii: complejos de techumbre y piso. XIV Concurso de
Proyectos de I+D FONDEF, 2006.
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allowed the study of the structural, physical and
environmental performance (with emphasis in thermal,
acoustics and overall performance against humidity
phenomenon) and safety against fire. In parallel an
analytic procurement of the thermal and acoustic
performance of the houses was developed, integrating
comfort and energy efficiency criteria. Houses, once built
were monitored in its thermal performance during winter
and summer, through ambient temperature assessment in
different enclosures, confirming a high performance on
those measurements, whereas for summer and winter
periods.

irrigated by recycled water from the same households
were incorporated. For this purpose, we base its structure
in industrialized timber panels with a "double ventilated
façade", thus avoiding overheating the product from high
solar radiation24.

Figure 7: Aerial view of Chañaral eco-sustainable
neighborhood
Figure 5: Coffer lattice

Figura 6: Traiguén prototype house. CIM UC 2012
5.2.3 TRANSFER EMBLEMATIC PROJECTS:
ECO-SUSTAINABLE NEIGHBORHOODS.

Figure 8: View from the street of Chañaral ecosustainable neighborhood

This initiative comes as part of the Plan for Sustainable
Construction that the Ministry of Housing is carrying out,
and that has been materialized thanks to the Collaboration
Agreement signed with the CIM UC. These new ecosustainable neighborhoods, began in 2016 with a set of
405 two and three-storeys timber houses23 of continuous
building, designed to meet the demand of the community
of Chañaral, recently injured by a flood of water and mud.
It is framed as part of the Plan for Reconstruction of
Atacama that the MINVU is carrying out, in conjunction
with local actors. The CIM UC has been in charge of the
development of a new model of industrialized timber
houses, of fast execution, high standards of quality and
controlled costs. In addition, solar panels for electricity
and hot water, and community gardens in the green areas
23

Ugarte, JJ. Et al. Barrio Eco-Sustentable Oasis de Chañaral.
Revista Ciudad y Arquitectura 152, Mayo 2016
(www.revistaca.cl)

24Simulations were performed in order to validate design
strategies and confirm its effectiveness, which show that
temperatures over 25° C is limited to only 1% of the hours of
the year.
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Figure 9: View from the street of Chañaral ecosustainable neighborhood
Figure 11: Graph analysis of environmental comfort
This Project will be presented by the local authority for
the World Habitat Awards 2017.
5.2.4 ENABLING NEW CAPABILITIES
Solutions based on timber technological advances are
being incorporated in the records of constructing systems,
approved by public authorities for State-subsidized
housing, making possible its widespread use in
construction. At the same time we are conducting training
tasks on the characteristics of timber construction
systems, both to professionals and technicians of the
private world, and to officials from the respective regional
public offices. We also delivered an outreach program so
that the secondary industry of prefabricated solutions in
timber gets in touch with private developers of housing
projects.

6 CONCLUSIONS

Figure 10: Type of House (3-storeys) “Oasis de
Chañaral”

From the experience in Chile during the last two decades,
we can conclude that, even though there was already
demand for buildings with higher quality standards and
energy efficiency, and the country had abundant timber
resources capable of delivering solutions that would meet
the new requirements, it did not triggered by itself a
powerful agenda in the timber-construction theme, but has
required the implementation of a set of very concrete
actions, which have generated such a possibility.
Only the intelligent development of a strategic planning
process, systematically executed and then rigorously
implemented, has allow to advance to the desired depth.
The "Delta Model" presents unique opportunities to
develop this process, by focusing its actions on generating
lasting links between the main industry stakeholders. On
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this basis, and other initiatives developed recently, a
significant growth of timber buildings in Chile can be
predicted.
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IEE INDEX OF EFICIENCY OF STRUCTURES, M3 WOOD / M2
CONSTRUCTION, 12 OWN CASE SUTUDIES
Martín Hurtado C.1
ABSTRACT: From the analysis of 12 own case studies that address various programs such as wooden buildings,
houses, schools, factories, auditoriums, gymnasiums, warehouses, etc. It is to determine a quantitative index of
efficiency of the structure, which is summarized in the acronym IEE. This index shows the m3 of wood (both sawn and
laminated) per m2 of construction, as a parameter that seeks to bring forward a classification of structural efficiency, as
well as the costs that this involves.
KEYWORDS: Wood, Index, Construction, IEE.

INTRODUCTION 123

0,78 m3 concrete/ m2 contruction

Every project is determined by efficiency parameters, as
the necessities are too many, while the resources being
limited. Usually the process begins by setting an
expected maximum parameter of costs for each m2. This
figure involves many decisions for the project prior to
determining the physical shape and constructive
materiality of any work.

Figure 2: Structures

0,067 m3 laminated wood/m2 construction

INDEX UTILIT
This figure involves a number of parameters that must be
at the beginning of a design, even before starting the
study of which shape the developing model will adopt.
In the same way, the design of a building begins
determined by qualitative parameters also determined by
the program of enclosures, but also by certain
quantitative parameters that are usually determined by
the expected cost per m2.

Figure 3: Skins

0,014 m3 Timber wood/m2 construction

Figure 1: Foundations,
1
Martín Hurtado Covarrubias, Architect, Pontificia
Universidad Católica de Chile 1989, martin@martinhurtado.cl

The first parameter has been studied for various types of
buildings, even being part of the laws and ordinances of
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construction, that sets minimum standards for surface
activity, lighting and ventilation conditions, average
temperature comfort, etc.
However there is little development in determining prior
efficiency parameters for a building structure. The cost
of the structure of a wooden building in Chile, is
determined by the concurrence of three factors: seismic
stability, fire resistance and wind resistance.

index of the structure or IEE, that being associated with
the cost per m3 of material, it will allow us to show and
determine a quantitative parameter of design efficiency,
in relation to the built m2.
Figure 6: Optimize amounts of wood

Figure 4: Structural analysis

This index can be associated with a recycling rate of the
building (usually associated with the wooden elements it
uses) in order of showing the sustainability of it and the
estimated carbon footprints index.
Given the low weight of it, the problem of seismic
stability is not what mostly determines the sections of
the elements, but their study is essential to develop the
system of joints and hinges needed to withstand
earthquakes.

MORE THAN A SHAPE, A STRUCTURE

Figure 5: laminated woos vs timber wood

Figure 7: Shape, structure

ructural analysis

In parallel, usually the most crucial conditions for a
wooden structure is its stability against wind, and its fire
resistance. The quantification of these variables allows
the study of various combinations of parts and
components, which involve different costs.
Usually we choose the cheapest option for the same
benefits.
So by 3D modelling of 12 projects we will set
dimensions for the concrete’s volume in cubic meters
and steel foundation as well, of both sawn and laminated
wood structures, iron fittings and connecting
components kilos, and square meters of coverings and
skins for each project, which will result in an efficiency

To develop a wooden project, the first thing we do after
carefully studying the place conditions, the program in
charge and the resources available, is to discover the
deep organization that will order it.
More than discovering a plastic shape, which depends on
the design of a "skilful hand" of whom does it, we seek
an order, a profound structure to organize the
programme and construction in a simple, clear matrix.
Once this internal order is discovered, the project flows
in a sequence of reasonable, appropriate and consistent
decisions, between what a building "wants to be"
(quoting L.Kahn), and the material that will be used to
make it.
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In this way countless data, intuitions, tastes, and
sensibilities converge to know “what” and “of what”
must be what we are doing.
The shape is thus a consequence and not a goal.
LOW COSTS, AUSTERITY.

Figure 8: Forms

For various reasons most of our woodwork have been
developed under the premise of a great economy of
resources. Chile is a country that is just looking out the
benefits of development, where most people live at
subsistence levels and, therefore, it seems ethically wise
to prepare the work under strict austerity. This has made
that as we address each order, we are being strict to leave
only the essentials, or only the minimally necessary to
accommodate the program requested by the customer,
and with it finding the most appropriate materiality for
the available budget.
Our first projects were vacation houses in southern
Chile, where timber construction is the most widely used
alternative because of its low costs, great quantity of
skilled workforce and the comfort it gets on rainy and
cold weather. Because of it we deeply knew the benefits
of carpentry in wood and the great shaping freedom its
use allows, especially when developing with the same
material and the same workforce both the structure and
the finishing and furnishing, resulting in a plastic unit
that guarantees the harmony of parts.

From this point we derived to larger scale buildings in
the central zone of Chile, with Mediterranean climate,
where the main productive activities of our country are
concentrated, for example the exportation of fruits and
wines. Large wineries and warehouses are necessary to
accomplish this activity. These buildings represent an
important part of the identity that exporters use as a

commercial image abroad. Because of this, we have
participated in numerous architectural competitions that
combine industrial logic with formal identity. The wine
cellars of Viña Almaviva with 5000 m2, was the first of a
series of buildings we have made in this area. Then we
developed the wine barrels factory called Nadalie, the
packing of the exporter of organic fruit named Greenvic,
wine cellars of Morande vineyard, etc. The common
denominator of these buildings is to achieve constructive
speed, low costs and large formal identity with living
structural work.
After this expertise were developed, we addressed other
public programs like a large workshop of 1200m2 of
interactive exhibits production at the Museo Interactivo
Mirador; the Centro Cultural Matucana 100 with an
auditorium for 1,000 people with 2000 m2; and other
buildings such as stables and stud farms for racehorses, a
coastal station for the study of marine biology at a
university, or a large 28,000 m2 school for the Compañía
de Jesús in southern Chile.
The challenge for our office has been how to introduce
timber construction at areas and programs that were not
normally using them. We feel like we are part of a
generation that has made use of timber architecture in a
noble and austere way, strongly connected to the
idiosyncrasy of our country.
A SHAPE WITH VARIATIONS

Figure 9: Shape vs. form variation

Architecture is man-made, an artificial fact. It’s made of
materials and not matter. In the pre-industrial era
everything was built only with what were at hand. These
materials were extracted directly from nature, and
because of it, the constructive elements were similar but
not identical, bringing the variation with them. This gave
the constructions a quality in which every building were
a variating shape, in both its handmade confection and
the use of non-serial materials.
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Because of the industrial revolution, the building
materials started to be manufactured in large quantities
of identical elements, which lowered costs and allowed
to respond to the high demand of new buildings that
were brought by industrialization. But this great progress
led to a homogenization of the process and constructive
elements, which impoverished their aesthetic value as
built fact, by standardizing and making massive the
elements that compose them. Constructive variety was
lost, and with it the identity that makes each piece of
work unique. The architectural elements such as
windows, railings, cornices, doors, staircases,
balustrades, etc., as well as building materials as pillars,
beams, panelling, siding, decks and all plates were
standardized and homogenized, and with that all
buildings became constructively a collage of identical
elements.

We are trying to use the current construction processes
and materials available, but getting at the same time that
proper quality of artisanal facts, in other words, a
variating shape.
Handcrafting lies at hands as a living, art uses the head,
as an abstraction. Homo faber, Homo sapiens. If you
combine both factors is what makes architectural deeds.
The magic of the raw material, is that when you turn it to
material is does not lose its properties.
Wooden construction necessarily involves designing and
building union systems of many pieces and parts.
Solving this details takes us great efforts. Why? To build
a continuous surrounding that makes the eye to look
around without stopping, that is, to be contained in
space, rather than being the sum of different elements
struggling to have a role.
To find the tone, the way, or shape, does not gives
metaphysical materiality, but the particular materials,
with their given dimensions and also their gathering,
assembling, organizing and building.
We think with our hands, so the craft comes to life. We
prefer to look for a solution system to build the harmony
of diversity, and not seeking just the “shape” we are
giving to the building but the attitude we will take
against it.

OUTRIGHT SHAPES IN THE LANDSCAPE

Figure 7: Shapes and absolute shapes

Chile is immersed in a rough geography. The projects
seek to dialogue with the landscape by building simple
and absolute shapes, which establish a counterpoint with
nature. Strong decisions become an important feature to
dialogue with the territory that hosts them. Each place is
immersed in a powerful geography. Great mountain
ranges and valleys, huge lakes and rivers, and a stormy
Pacific Ocean converge with a sharp and uneven
coastline, forming the environment where architecture
deals. Each land is protected by a geographical accident
that governs it, which determines that all buildings must
adopt a strategy in relation to the landscape to avoid
being emptied by it.

One of the adopted strategies is the one we call: exposed
structure. Wooden construction uses large elements for
the bearing structure, which has girders and pillars that
are the backbone of the architectural body. Depending
on the context, we seek for a rate of elements according
to the scale at which a building is confronted, and from
now on, to structure a governing geometric matrix that
will organize the multiple elements to combine while
simultaneously optimizing the use of materials. We are
interested in being contained by this stereometric net of
elements that shapes many parts of a wooden building.
However after this is done, one of our main concerns is
to subtract the attention from the particular constructive
details, which tends to be a sum of conflicting parts, in
order to build the harmony of diversity, the magic of
continuity.
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IDENTITY AND PARTICIPATION

Figure 8: Facts and events

We are interested in involving the events taking place in
the projected space, and the culture represented in the
ethnic group that it will host. Our particular idiosyncrasy
determines a range of purposes and customs that creates
a way of being, a way of living that is linked to our land,
the climate, and the place where we live. Therefore it is
very difficult for us to develop a project without
knowing the certain events and rituals that complement
the life that is being developed there. To do so, we
involve the person in charge as a fundamental subject
that determines, reports, decides and ultimately lives his
own creation, creating with them a list of patterns (under
the model of Christopher Alexander), that defines the
program and qualify the acts that will be done at the
place.
CONCLUSIONS
We believe that every project is unique and
unrepeatable, and we have no intention of building a
"style", but being always first on doing it, to continue
with the slow advance of this profession.
"Build as well as you can. Not better. Do not boast. And
not worse. Do not intentionally bring down your level to
a lower one than where you were placed by your birth
and education.
Do not fear being labelled as someone that is not
modern. It is allowed to change the old way of building if
it represent an improvement, otherwise, stick with the
old one. Truthfully, even with hundreds of years, it has
more intimate relationship with us than the lie that walk
beside us."
Adolf Loos, 1931

Packing Greenvic, San Fernando , Chile
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IEE INDEX OF EFICIENCY OF STRUCTURES, M3 WOOD / M2 CONSTRUCTION
m2
buildings

Fundations

m2
m3 concret
construction fundations

INDICE

m3 concret

Fundations

Cost

m3 concret
fundations/ m2

m3 Concret/
m2 construction

Laminated wood IEE Lam wood/m2
m3 Laminated
wood

m3H/m2

Euros/m2

m3 Laminated woom3 mad/m2

Cost

m3 laminated wood m3 Laminated
/ m2 construction
wood/
m2
Euros/m2

Timber wood

Timber wood / m2 Cost

m3 deTimber
wood

m3 de Timber
wood/

m3 Timber wood/
m2 construction

m3 Timber wood m3 Timber wood/m2Euros/m2

Peugeot Shop

582

10,7

0,01838488

1,838487973

28,35

0,04871134

45,35025773

9,0432

0,015538144

6,728016495

Workshop Museum MIM

524

39,2

0,07480916

7,480916031

54,06

0,103167939

96,04935115

23,2128

0,044299237

19,18156947

Almaviva Winery

3688

310

0,084056399

8,405639913

232,13

0,062941974

58,59897777

185,5104

0,050301085

21,78036963

Nadalie Barrel Factory

1190

65,5

0,055042017

5,504201681

68,3

0,057394958

53,43470588

44,16

0,037109244

16,06830252
19,77876078

Cultural Center Matucana 100

765

92

0,120261438

12,02614379

95

0,124183007

115,6143791

34,944

0,045678431

Morande winery

660

32

0,048484848

4,848484848

49,68

0,075272727

70,07890909

18,7968

0,02848

12,33184

Paking Greenvic

4303

338

0,078549849

7,854984894

292

0,067859633

63,17731815

63,36

0,014724611

6,375756449

Stud Las Camelias

625,3

59,96

0,095889973

9,588997281

40,3756

0,064569966

60,11463873

5,856

0,009365105

4,055090357

Pirihueico House

380

23,5

0,061842105

6,184210526

8,51

0,022394737

20,8495

20,352

0,053557895

23,19056842

House 2 Colico

481

47,2

0,098128898

9,812889813

26,11

0,054282744

50,53723493

24,3264

0,050574636

21,89881746

ECIM Laboratory

755

87,3

0,115629139

11,56291391

34,5

0,045695364

42,54238411

36,24

0,048

20,784

6322

790

0,124960456

12,49604556

681

0,107719076

100,28646

221,43936

0,035026789

15,16659963

San Francisco Javier school

cost m3 concret in Euros
100

cost Euro 16/05/16
780

costo 1 m3 laminateCost m3 Timber wood Euros
931
433
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construction
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m3 laminated wood
/ m2 construction

m3 Timber wood /
m2 construction

A
B
C
D
E
F
G

A
B
C
D
E
F
G

0.020 m3/m2
0.036 m3/m2
0.052 m3/m2
0,068 m3/m2
0,084 m3/m2
0,100 m3/m2
0,116 m3/m2

REFERENCES

Análisis Comparativo de la Respuesta Sísmica Entre
Edificios en Altura de Acero en Base a Marcos de
Momento y Marcos Arriostrados en el Núcleo y en Base
a Marcos deMomento y Núcleo de Hormigón Armado
Alfredo Bustos 2003 Universidad Austral Chile

0.030 m3/m2
0.048 m3/m2
0.066 m3/m2
0,084 m3/m2
0,102 m3/m2
0,124 m3/m2
0,146 m3/m2

A
B
C
D
E
F
G

0.010 m3/m2
0.016 m3/m2
0.023 m3/m2
0,030 m3/m2
0,037 m3/m2
0,043 m3/m2
0,050 m3/m2
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HOW ENVIRONMENTAL VARIABLES ARE RELATED TO SHOOT AND
FOLIAGE DEVELOPMENT AND WOOD RING FORMATION: AN
INTEGRATED ANALYSIS FOR FUNCTIONAL-STRUCTURAL MODELING
PURPOSES
M. Paulina Fernández1,2, María Menéndez-Miguélez1,2,3
ABSTRACT: Growth and foliage development of Pinus radiata is modified by temperature and water balance, and
possibly as well by the photoperiod, with significant changes around the solstice and equinox. Wood density also shows
changes in annual growth rings, with increasing or decreasing trends in the same periods. We studied the relationship
between environmental variables, stem and needle elongation, and the resulting wood cell production, as well as the
relationship between these variables and intra-ring wood density variations. The most important environmental factor for
the site conditions of the study (Mediterranean climate) was water balance, which was greater than the thermal effect. The
coordination of all these processes by a functional-structural approach allows for interactively modelling stem and new
foliage development and expansion, with wood formation and wood properties such as density.
KEYWORDS: wood density, wood ring formation, foliage development, shoot expansion, photoperiod, cambial cells.

1 INTRODUCTION

123

The commercial importance of fast-growing species like
radiata pine (Pinus radiata D. Don) makes the exhaustive
study of wood formation even more important. Most
models of radiata pine, the main industrial forest species in
Chile, New Zealand and Australia, are robust growth
models, but few of them have a physiological base [1].
These models allow for estimating wood volume and
different wood products per hectare, taking into account
different silvicultural treatments [2]. Nevertheless, final
wood quality and therefore final product quality and price
depend on many factors that cannot be modelled by
traditional simulators, such as branch diameters and the
presence and size of knots, resin pockets and other defects,
the length of internodes that represent more or less clear
wood, wood ring width, wood anatomy (cell length and
diameter and cell wall thickness), physical and mechanical
properties of wood and properties relevant to paper
production when appropriate [3,4,5].
Growth and development is a coordinated and complex
process with many interactions among the growth
1

UC School of Agronomy and Forest Engineering, Pontificia
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processes in various parts of the tree. These interactions
often involve the distribution of nutrients, the movement of
growth regulators and the changing rates of processes in
different parts of the tree. The rate of cell division, as well
as the structure and size of xylem cells, may be controlled
by these growth regulators produced by the active stem
apex or by the leaves [6]. Therefore, the structure and
width of annual rings in trees are directly related to the
level and duration of shoot growth [7].
Particularly, wood formation, or xylogenesis is a complex
and fascinating physiological process, a more complete
understanding of which can unlock strategies for the full
exploitation of woody biomass [8]. It occurs as a series of
inter-related processes that begin with the cellular division
in narrow meristem tissue called cambium, and ends with
the complete formation of empty conduits with lignified,
thickened walls [9]. Once wood is completely formed, the
physical properties of xylem tissues (e.g. wood density,
lumen area, cell wall thickness, etc.) vary depending on the
trees and sites studied as a consequence of many genetic
and environmental factors [10-14].
The process of xylogenesis involves a) signalling that
triggers the generation of a new cambial initial cell in the
cambial zone, understood as the cambial cells and all the
cambial initials close to them [6]. This is followed by b)
the process of cells enlarging; c) cell walls thickening; d)
and the emergence of fully mature cells [15, 16]. The
duration and rate of enlargement define the final size of
xylem cells, while the duration and rate of wall thickening
define their final weight. The complex interaction between
durations and rates of the sub-processes of xylogenesis
determine the changes in cell features that create the
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anatomical structure [17]. These changes directly affect
wood density.
The variability of climatic conditions during the growing
season can affect cambial activity [18, 19] and therefore
tree ring properties by changing the number of cells
produced and/or their anatomical properties [20].
Therefore, understanding the underlying processes related
to climatic variables can shed light on long-term growth
responses to climate warming and drought, the internal
functioning and growth regulation of the tree and its
resulting wood anatomy and properties.
Auxin plays an essential role in the differentiation of
procambial precursor cells [21, 22]. There is indirect
evidence that auxin is the main limiting factor in normal
primary xylem differentiation, as well as wound xylem
formation [23]. Cytokinin and other plant growth
regulators play a key role in cell division and regeneration
[8] and in regulating tracheary element formation [24].
Cell proliferation is completely dependent on the presence
of cytokinin in the medium. In the absence of cytokinin, no
cell division and no cytodifferentitation occurs [24]. A
growth hormone of the auxin family called Indole-3-acetic
acid (IAA) plays an important role in xylem formation [25]
and is generally accepted as the main growth factor in the
tree. It is mainly produced by the young leaves of the
principal apex [26] and its major sources in intact plants
are buds and developing leaves [27]. Kramer has
demonstrated the existence of a proportional correlation
between the rate of xylem production and the mass of IAA
per unit area on the cambial surface [28]. Changes in
temperature have been correlated to changes in the level,
transport and metabolism of auxin. Light conditions also
appear to have significant effects on IAA turnover [29]. In
Pinus spp., water stress has been found to increase IAA in
roots [25] and it is generally assumed that under conditions
where auxin regulates growth, the higher the IAA
concentration, the higher the growth rate. [30] studied all
these relationships between apex growth and yield, needle
growth, hormones and cambial activity.
Wood formation of Pinus radiata is particularly
interesting. [31, 32] determined that the cambium in Pinus
radiata does not become completely dormant during
winter as it does in many other species. In the same way
using dendrometer measurements [31] showed that the
diameter of P. radiata stem continues to increase slowly
throughout the winter. The entire tree development
process, carbon allocation and structural design can be
better understood by considering the relationship between
crown development and functioning, and corresponding
wood ring formation. As a consequence, a clearer
understanding of these relationships can lead to better
interpretation of wood ring structure in relation to past
environmental events for dendrochronology studies, as
well as providing insights into the effect of future climatic
events on wood production.
This article presents on-going research into the relationship
between environmental variables, newly formed foliage
and stem elongation, and wood ring formation and

characteristics. Our aim is to elucidate certain relations that
will be useful for further functional and structural
modelling of the species under changing environmental
scenarios.

2 MATERIALS AND METHODS
We followed the development of foliage, main apex and
wood of 38 9-year-old Pinus radiata in an unmanaged
stand for a complete growing season (June of Year 1 to
August of Year 2). The site has a Mediterranean climate in
the central region of Chile (Libertador Bernardo O`Higgins
Region, Cardenal Caro District, 34°40'12.52"S and
71°57'55.04"W). Detailed climate data is part of the
research and given in the figures below.
Microcores were collected every 15 days at the beginning
of the growing season and every 30 days subsequently.
The microcores (2 mm in diameter and 12 cm long) were
collected with a Trephor (Università degli Studi di Padova)
at a height of 40 cm height from the base of standing trees.
Measurements of the main apex and foliage were done
simultaneously. On each occasion, 3 trees were felled,
their architecture described and measured, and discs from
each growth unit collected for further wood ring analysis.
Total foliar biomass was classified after position and age
were determined. Hourly environmental data (temperature,
rainfall, wind speed, solar radiation) from a nearby weather
station were recorded. In addition, soil information and a
water balance sequence were gathered over the year,
following [33], and expressed as the ratio between the
evapotranspiration (ET) and maximum potential
evapotranspiration (ETmax) under particular radiation and
temperature conditions if the soil were totally replenished
with water.
We used a gamma function proposed by [34] as a thermal
accumulation function to analyse the relationship between
temperature and the development and growth of the stem,
foliage and wood. As cardinal temperatures for the species
we used the values proposed by [1], with Tmin = 0oC as the
minimum cardinal temperature, Topt = 23.3ºC as the
optimum cardinal temperature, Tmax = 35ºC as the
maximum cardinal temperature; T is the environmental
temperature at a certain moment, r is the speed of the
process at environmental temperature T and Rmax is the
maximum speed the process can achieve at the optimum
temperature.
r
Rmax

=�

Tmax -T
T-Tmin
�∙�
�
Tmax -Topt
Topt -Tmin

�Topt -Tmin � ��Tmax -Topt �

(1)

Using this equation with the daily temperatures allows for
building a thermal accumulation model, expressed as the
sum of the resulting values of Equation (1). Thermal
accumulations were restricted when water stress was
evident, as proposed by [1]. [35] proposed that there is a
thermal requirement for the complete development of a
crop or of certain phenological phases, and defined it as
tautochrone or thermochronological integral. The
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tautochrone of a certain phenological phase corresponds to
the thermal accumulation necessary to fulfill a phase, and
is expressed as the sum of the daily evaluation of Equation
(1), until a certain level of thermal accumulation triggers
the onset of a new organ, cell, or other process.
Based on the environmental data and using the functional
model proposed by [1], we simulated a daily relative value
of Net Primary Production (NPP). The variables of the
model are temperature, water balance, light conditions,
solar radiation, and others.
The microcores (12 mm long and 2 mm in diameter) were
fixed and sliced at 10 – 30 µm with a sliding microtome.
The sections were stained with safranine, mounted and
fixed. The samples were examined with visible light under
a light microscope (Motic BA130) and photographed at
10x magnification. Images were obtained with 2048 x
1536 pixels for areas of 0.85 x 0.64 mm. Every microcore
is represented by a sequence of 21 photographs on average.
The images in the sequence were correlated, generating a
continuous single longitudinal image. A segmentation
algorithm based on a two-band-pass filter in the Fourier
domain was applied, splitting the color images into three
areas: cell wall, lumen and the reminder. The latter
represents defects in the wood such as holes, cracks and
image background. ImageJ software was used to measure
cell anatomy. The number of cells, lumen size and cell
thickness were recorded. Wood density was estimated
following [36]. The number of cells in the cambial and
enlarging zone was counted following the definition of the
two sections as given by [20].
A transversal x-ray profile was obtained at the same level
of microcore sampling. Time correlation techniques were
used to match each microcore sample to the x-ray
sequence to correlate the relations between ring
characteristics (cell size, lumen size, wall thickness) and
the x-ray wood density results. After dating each part of
the growth ring, the relation between ring development,
foliage and apex development and environmental variables
were analyzed and modeled.

3 RESULTS
Figure 1 shows the results of a preliminary analysis of
climatic variables, the cells in the cambial zone and
enlarging cells (as an expression of cambial activity), and
the evaluation of needle and stem elongation in the
sampling year, beginning at winter solstice. Figure 1A

graphs typical net primary production, with highly variable
values depending on particular daily conditions. The graph
can be divided in three parts: from 0 to 200 days (close to
summer solstice) net primary production presents the
highest relative values, peaking around 0.6 and then
decreasing. In the second part, from 200 to 300 days
(summer), net primary production is almost always below
0.2, and a final part (over 300 days) in which net primary
production begins to increase until reaching values
relatively similar to those at the beginning of the year. This
correlates highly with the water balance, expressed as
ET/ETmax. Figures 1B (global radiation) and 1C (thermal
accumulation as a function of temperature, but restricted
by water balance when it is low) present similar patterns.
With warm weather (spring) production values increase,
and with a good water balance, thermal accumulation rises
(approximately 0.8 at around 200 days). However,
production values decrease after the summer solstice. A
second period of change is around the winter solstice when
global radiation begins to increase, while thermal
accumulation begins to increase slightly earlier, at around
300 days. The water balance, expressed as the ratio
between real evapotranspiration (ET) and maximum
potential evapotranspiration (ETmax) (Figure 1D)
increases slightly until the spring equinox, when it abruptly
begins to decrease until reaching its lowest relative value
around 300 days, between the autumn equinox and the
winter solstice. After that, the first rains produce a rapid
increase in relative values in two phases, the first reaching
a plateau around 0.2, and the second and more substantive
reaches a peak of 0.8 in winter. These values are similar to
those in the spring equinox.
The number of cells in the cambial zone, the number of
enlarging cells or the number of the two together present
the same pattern (Figure 1E): decreasing from the spring
equinox to just after the autumn equinox (around 300
days), when the minimum value is reached, which is
similar to changes in water availability. After the autumn
equinox the number of cells increases abruptly and reaches
a peak around 400 days. Stem elongation (Figure 1G)
increased until the autumn solstice, when growth stopped
until the winter equinox, following which growth began
again. Figure 1H presents needle enlargement from onset
at the beginning of spring until growth cessation during
summer and autumn. Growth began again just after the
winter solstice.
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Figure 1: Net primary production (simulated) (A), global radiation (B), thermal accumulation (C), water balance (D), total number of
cells (E), cambial and enlarging cells (F), stem elongation (G) and needle elongation (H) for the sampling year. Solstices and equinoxes
are marked in the Figure. All the graphs have the same X-axis scale in days, with June 21st as the first day of the growing period (winter
solstice in the southern hemisphere).
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Figure 2A shows the wood density profiles obtained with
X-ray densitometry of the last two rings of one of the
studied trees. The image on the right is the entire ring of
the studied year (two rings, the right one corresponds to
the studied one), obtained from the last tree sampled at the
end of the study. Thus, this ring is the result of a whole
year of growth. Figure 2C shows an average ring of the
studied period but rescaled to days instead of distance (Xaxis). The lowest density production was in spring. After
the summer equinox wood density rose abruptly and
peaked at a density of over 750 kg m-3, which in a normal
wood density versus distance plot corresponds to a very
narrow region, and in terms of days is around 90 (three
months), from mid-summer to mid-autumn.
Early wood formation coincides with the period when the
needle elongation increased steadily. After the summer
solstice and concurrent with the water shortage, needles

stop enlarging and even decrease in length, while stem
elongation stops. This shrinkage of the needles may be due
to dehydration. Coincident with this, wood density values
reach their highest and the lowest level of cambial activity
is observed.
Figure 1H shows that needles cease to enlarge before the
autumn equinox. At the same time (Figure 2C) wood
density reaches maximum values.
When the water supply begins to recover in mid-autumn
(Figure 1D), cambial activity (Figure 1E and F) increases
and wood density decreases (Figure 2D). Stem elongation
and foliage expansion resume shortly after the winter
solstice, but not when water availability rises, indicating a
greater response to change in day duration.
The strongest relation between an environmental variable
and wood density was with water availability (ET/ETmax),
as can be observed in Figure 2B.

Figure 2: (A) Wood density of a typical ring (right ring is from the studied year), scaled by distance in mm, measured by X-ray
densitometry; (B) relationship between water balance and wood density; (C) average ring of the studied year but rescaled in relation to the
days of the year; (D) comparison between wood density and cambial activity.

4 DISCUSSION
Intra-annual secondary growth has mainly been studied in
high-altitude and boreal conifer species [37, 38, 39, 40,
41]. However, little is known about secondary growth of
Mediterranean conifers, such as radiata pine, which are

subjected to very unpredictable water and climatic stress
conditions, in addition to low temperatures [42, 43, 44].
The stem elongation period continues until just after the
summer solstice when global radiation and thermal
accumulation are at their maximum. The lack of water in
summer drought period caused stomatal closure in order to
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take advantage of stored water. According to [25], water
stress in Pinus spp. increases the concentration of ABA
hormone (abscisic acid), which causes stomatal closure
and inhibits shoot growth [45], as Figure 1G shows for the
summer period.
Nevertheless, although water stress was alleviated by the
early rains in mid-autumn (Figure 1D), shoot and needle
elongation did not reactivate until the winter solstice. This
concurs with photoperiodic signalling, and corroborates
the results of [46] for radiata pine and of [29] for Lemna
gibba. As well, [45] states that gibberelins cause stem
elongation in response to longer days.
[47] and [45] indicated that high concentrations of IAA
and low concentrations of GA (Gibberelic acid) stimulate
xylem production. That could have been the case in midautumn when cambial activity rose abruptly at the same
time as water balance. [48] stated bud formation for the
following season's growth in Pinus begins at about the time
shoot extension ends for the current season. During the
remainder of the growing season, formation of primordial
organs within the developing bud occurs in an ontogenetic
sequence. In our case, when shoots stopped enlarging close
to the autumn equinox, we can infer that the process of bud
formation had begun. [27] stated that buds and developing
leaves are major sources of IAA in intact plants, thus in
our study bud formation coinciding with the cessation of
shoot elongation could have generated IAA and stimulated
cambial activity. In parallel, [25] indicated that water stress
in Pinus spp. increase IAA production. In our study, the
lowest level of water availability occurred in mid-autumn
(Figure 1D), and close to that period cambial activity (in
terms of the number of cells in the cambial zone and
enlarging cells, Figure 1F) increased again. A combination
of the two processes (bud formation and water stress)
could have acted on cambial activity. Our data shows that

cambial activity in radiata pine never stops, which is
similar to what was found by [31].
According to [49] cell wall thickening is controlled by
photosynthetic processes in foliaged organs in the crown.
In the first part of the season the photosynthates produced
by the older needles are mainly used in growth of the
newly elongating needles and expanding shoots, leaving
only a small quantity of photosynthates available for wood
formation of the enlarging spring wood cells. Therefore,
only when shoot elongation stops and the newly formed
needles mature close to the summer solstice, as can be seen
in Figure 1G and 1H, the photosynthates produced by both
newly formed and old needles become available for wall
thickening, developing the typical summerwood or
latewood.

5 CONCLUSIONS
Our results show the complex and coordinated process of
development and growth of shoots, needles and wood. The
findings of the key relationships of these processes with
the environmental variables allows us to model the
development and growth of the crown (as has already been
done with models like that in [1], and concomitant to this,
the characteristics of the development of woody cells.
Further research is necessary to more fully understand the
complex pathway of hormones as intermediaries between
environmental stimuli and plant reactions. But the current
knowledge about hormones allows us to explain the
phenomena of development and growth we have observed
in our samples.
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TOWARDS TIMBER MID-RISE BUILDINGS IN CHILE: STRUCTURAL
DESIGN CHALLENGE AND REGULATIONS GAPS
Hernán Santa María1 , Natalia Caicedo2, Jairo Montaño3 and José Luis
Almazán4
ABSTRACT: At present in Chile it is not possible to construct buildings higher than 3 storeys using timber as
structural material. This difficulty is due to high demands of regulations, in addition to cultural reasons, even though
there are buildings in timber with more than 5 storeys built in 1910 in Chile (Sewell), which are preserved nowadays. A
multidisciplinary team at UC Timber Innovation Center (CIM UC) works on the design of a mid-rise building in timber
with a platform frame system for a mining company with few budget restrictions for this specific project. The results
will be presented in this paper. Been the economic feasibility the main concern of the UC Timber Innovation Center
(CIM UC), in order to spread this technology to a standard client, a larger team is working in parallel towards a
proposal of modification of structural design regulations for the construction of mid-rise buildings in Chile with timber
platform frame system. The work included an extensive bibliographic revision, followed by structural tests on 2D and
3D timber structures.
KEYWORDS: Mid-rise buildings, Platform-frame building system, Timber, Structural design regulations.

1 INTRODUCTION
With the aim of encouraging construction of mid-rise
timber buildings (up to 6 storeys) in Chile, a team of
researchers from UC Timber Innovation Center
conducted an assessment of local regulations which do
not allow its construction using Chilean timber, taking
into account local seismic conditions. Conscious of the
international state of the art that demonstrates that it is
possible to build mid-rise buildings applying a platform
frame system on areas of high seismic risk [1], this
alternative became the experimental focus of research.
The platform frame system is the simplest timber
construction system and widely used in the country. In
addition, it is less expensive and does not require
advanced technologies, which are currently scarce in the
local building industry. This is particularly relevant for
long-term tendencies in Chile, because the use of midrise buildings is increasing at a high rate in the country.
More than 57% of the new residential constructions in
Chile are multi-storey buildings [2]. For this reason,
finding strategies to take advantage of this market
condition with timber buildings would have a big impact
on the construction industry and an improvement on the
quality of life in our cities. Section 2 presents a
bibliographic review of timber building codes and
testing of timber structures, the experiments performed
and a description of analytical models; Section 3

presents some experimental results; and Section 4
summarizes the main conclusions.1234

2 METHODOLOGY
A review of national and international regulations was
made in order to evaluate which strategic design factors
should be modified in the local codes. Then, timber
walls were tested and the stiffness, and strength
measured were used to design a 6-storeys building.
2.1 BIBLIOGRAPHIC REVIEW
A revision of national and international regulations was
made in order to evaluate which strategic design factors
should be modified in the local codes.
2.1.1 Chilean building codes
Nowadays, in Chile few wood frame buildings of more
than two storeys are constructed. To construct higher
buildings, the local building regulation OGUC [3]
requires complying with the Chilean code for design of
1
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earthquake resistant buildings, NCh433 [4]. The 1996
NCh433 code was amended in 2009. After the 2010
Maule earthquake, further amendments were made to
NCh433 through the DS61 Decree [5].
The only regulation in NCh 433 [4] regarding timber
construction corresponds to the definition of the
response modification factor R, which is equal to 5.5.
There are no special regulations in NCh 433 [4] to
construct mid-rise buildings in timber, i.e., of 4 to 6
storeys. However, there are implicit regulations, which
come mainly from the allowable relative displacement of
the center of mass of two consecutive floors. The current
maximum elastic drift is 0.002 (0.2%), calculated for
reduced forces. This regulation, which has been
maintained in all versions of NCh433, was conceived for
concrete buildings, and is very difficult to satisfy in
timber buildings.
2.1.2 International building codes
To construct mid-rise buildings with timber structure in
the world we have revised regulations from five
countries or continents: Canada, USA, New Zealand,
Australia, and Europe. We selected the previous
countries because they regulations for timber
constructions and have seismic requirements. The
response modification factors for the platform frame
system in timber from those regulations are: 3 [6], 6,5
[7], 3 [8], 3 [8], and 5 [9] respectively. For the platform
frame system in timber, the maximum permissible
inelastic drifts are: 0.025 [6], 0.025 [7], 0.015 [8], 0.15
[8], and 0.01 [9] respectively. To compare with the
Chilean requirement, which corresponds to an elastic
drift, the inelastic drift limits must be divided by a
displacement amplification factor. For example, in the
case of USA, the value of the displacement amplification
factor (Cd) for the platform system is 4.0, which results
in an equivalent elastic allowable drift of 0.025/4.0 =
0.00625, which is 3.1 times larger than the Chilean limit.
This requirement results in stiffer timber buildings in
Chile.
We conclude that the current maximum elastic drift is
very difficult to satisfy in timber buildings, so it is
proposed to revise this limit in the case of this type of
buildings.
2.1.3 Testing and simulation
This platform frame system is widely used in the United
States, representing a high percentage of residential
buildings [10]. Various experimental studies of the
response to cyclic loading of walls, both static (for
example [11], [12], [13], [14]), and dynamic ([13], [15]).
a detailed bibliographic review can be found in [12].
Most of these tests, and those used to define the design
values of U.S. standards, have been made in walls of
2400 x 2400mm, however, a growing number of fullscale testing of complete buildings were performed,
allowing better system understanding in relation to
stiffness and structural behavior ([13], [18], [19], [20],
[21], [22], [23], [24]). Recently, there have been carried
out tests on vibrating tables to buildings of up to 6

storeys, ([25]), which have shown good behavior of
timber in buildings made of platform frame, providing
with information to validate design methodologies. A
very good bibliographic review of methods of numerical
modeling of timber in structures is done in [26].
The results of the research have enabled the development
of standards, which incorporate provisions for the design
of horizontal and vertical diaphragms in platform frame,
for resistance to wind and earthquake design. Below are
listed some of those standards and manuals used for
structural design of timber buildings:
• Special Design Provisions for Wind and
Seismic 2015 Edition (SDPWS-15) [27]
• International Building Code (IBC-2015) [28].
• Timber Frame Construction Manual (WFCM2012) [29].
• Residential Structural Design Guide: A Stateof-the-Art Review and Application of
Engineering Information for Light-Frame
Homes, Apartments, and Townhouses [30].
• National Design Specification for Timber
Construction, (NDS-2015) [31].
These documents provide resistant shear capabilities for
both diaphragms and light frame timber storey-height
shear walls, and cover design provisions and
construction requirements for timber, including
materials, their fixations, details for connections,
assemblies, etc.
From the 80's until today, research in construction in
timber within the context of projects have been made.
Two examples are the CUREE-Caltech platform frame
Project (CUREE - Consortium of Universities for
Research in Earthquake Engineering) and the
NEESWood Project (NEES - Network for Earthquake
Engineering Simulation). These research projects were
conceived with the aim of developing a logical and
economic philosophy of performance-based seismic
design to safely increase the height of platform frame
construction in regions of moderate to high seismicity.
As a result, these projects developed software for
seismic analysis of platform frame construction. These
tools are for the structural analysis of shear walls in
platform frame under cyclic loading. Some of these
software are CASHEW [32] (Cyclic Analysis of Timber
Shear Walls), SAWS [33] (Seismic Analysis of platform
frame Structures) and SAPWoodTimber [34] (Seismic
Analysis Package for platform frame structures), which
is the latest version developed based on the two
previous. The predictive capabilities of these programs
have been compared to monotonic and cyclic tests of
large scale timber shear walls [26, 32, 35, 36, 37, 38, 39,
40]. It has been shown that these models can predict the
load-displacement response and energy dissipation in
timber shear walls under cyclic loading.
2.2 EXPERIMENTAL PROGRAM
Shear tests of 2D (walls) and 3D structural systems of
prefabricated light frame modules were performed. The
specimens were subjected to simultaneous horizontal
shear and axial compression, equivalent to the gravity
load from six floors. Several tests were performed on the
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3D structure, aiming to assess the interaction between
orthogonal shear walls, the transfer of loads to the
foundations, the performance of shear connectors used to
connect walls.
The systems tested were designed to be part of a sixstory building built using prefabricated 3.54 by 12.2 m
3D timber modules (see Fig. 1). The total height of the
building is 21.5 m. Each module has floor and ceiling;
the structure is constructed using the platform frame
system. The building is going to be located in a mining
site, in the mountains close to Santiago, with residential
use. Figure 2 shows an elevation of the building, with a
box showing the width of a typical prefabricated
modular building.

them and the wall. See Figures 3 and 4 for the geometry
of the walls.
The tested 2D-elements consisted of two parallel
2440x2440mm walls (see Fig. 4). Each wall consists of
2”x6” timber studs spaced every 400 mm, with one 11,1
mm thick OSB panel nailed to each side of the wall. The
ceiling on top of the walls consists of one 15 mm OSB
panel, 2”x6” timber and a 11,1 mm OSB panel and two
15mm gypsum sheathing boards. The floor under the
walls consists of one 15 mm OSB panel, 2”x8” timber
and another 11,1 mm OSB panel. The horizontal bottom
and top elements provide boundary conditions similar to
those the longer walls of the prefabricated modules will
have in the actual structure. The two parallel walls
represent the walls of two modules placed side by side,
but only one wall was considered for the structural
design of the 6 story building shown in Fig. 1 and 2.
The walls were connected to a concrete foundation using
a Simpson Strong-Tie HDQ8 Hold-Down, see Fig. 3.

Figure 1: Dimensions in mm and wall distribution of a typical
prefabricated module

Figure 3: Wall tested and connector to foundation

Figure 4: Wall for cyclic and simultaneous compression test
Figure 2: Elevation of the analyzed building

2.2.1 2D-elements tested
Two Full-Scale 2D-elements (walls in 2D tests) were
tested to failure under cyclic shear load and simultaneous
axial force, equivalent to the load of a six-story building
with snow load. The walls were built including part of
the floor and ceiling, with the actual connectors between

The loading system is shown in Fig. 5. A constant
vertical load of 205 kN (84.0 kN/m) was applied using
two hydraulic jacks, shown within red boxes in Fig. 5.
The cyclic shear load was applied with a horizontal
actuator to the ceiling structure, and displacements were
measured using transducers (see blue ovals in Fig. 5).
The loading protocol applied to the wall is shown in Fig.
6. The CUREE [10] loading protocol was used to apply
shear loads to the walls.
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Figure 5: Test setup for testing the 2D walls

Figure 7: Plan view of the test setup of the two 3D halfmodules

Figure 6: Horizontal displacement loading protocol applied to
the walls

2.2.2 3D-system tested
Two 3D half-modules, placed side by side, were tested
under lateral and vertical loads. The modules were
placed over concrete blocks representing the
foundations, and connected using the same type of
connector expected to be used in the actual building
(Simpson Strong-tie HDQ8 Hold-downs). A plan view
of the test setup is shown in Fig. 7, which shows the two
half-modules oriented in the E-W direction, one to the
North, the other to the South. The reaction wall is
located on the north and west ends of the 3D systems.
Horizontal actuators applied shear loads to the center
walls and to the East walls (see Fig. 8).

Non-destructive cyclic tests were performed in the
longitudinal (E-W), transversal (N-S) and diagonal
directions, applying horizontal load on steel beams
attached at the top of the ceiling modules (see Fig. 8). A
final test was performed applying horizontal load up to
failure on top of the walls with windows (East walls).
The aim of these tests was to study the interaction
between orthogonal walls, the behavior of the walls with
windows, and have a benchmark for numerical models.
The modules were constructed by a prefabricating
company, using their construction techniques and the
materials available in the Chilean market.

Figure 8: View of the 3D modules and the test setup 3

RESULTS
3.1 RESULTS OF THE 2D TESTINGS
The average measured maximum strength was 163 kN
and the average lateral displacement at maximum
strength was 57 mm, which corresponds to a drift of
2.3%. The test was carried until 6.0% drift to study the
structural integrity of the walls. The measured strength
was larger than the strength calculated using codes, for
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example, the SDPWS-15 [41]; this larger strength was
obtained due to the presence of axial load.
The load-displacement response of one of the walls is
shown in Fig. 10. Equivalent elastic lateral stiffness of
the walls was evaluated, resulting in a shear modulus of
the OSB panels equal to 1.25 kN/mm2. These values
were used in the elastic models of the building. Large
drops of strength occurred within each cycle. Also, a
large drop of strength occurred at lateral deformations
larger than 60 mm.

simultaneous cyclic controlled displacements in in both
orthogonal directions of the samples, with the same
amplitudes. In the two first phases several tests were
performed, applying sinusoid cyclic loading up to
increasing maximum relative displacement of 5, 10, 15
and 20 mm (maximum drifts of 0.2, 0.4, 0.6, and 0.8%)
deformation displacements were applied up to 20 mm.
Even though no damage to the structure was observed,
the effective stiffness at maximum drift decreased
between each test. Figure 12 shows the forcedisplacement response in Y direction of the phase II 20
mm test. It can be seen that some hysteretic response
occurred during the test.

Figure 10: Typical load-deformation response of a wall

In Fig. 11 is shown the damage of one of the walls at a
very large lateral deformation (6%). The OSB panels
pulled through the nails. After the tests, no damage was
found in the timber pieces nor in the hold downs, only
the OSB panels detached from the main structure. The
integrity of the walls was maintained even at very large
lateral deformations, and the vertical load did not
decrease at large lateral strength degradation.

Figure 12: Force-displacement response of the Phase II,
20mm test

Figure 11: Wall at 6% drift

It is important to notice that the deformations imposed to
the walls are much larger than those expected on a
building during a large earthquake.
3.2 RESULTS OF THE 3D TESTING
The tests of the 3D-modules were divided into 3 phases:
Phase I involved applying cyclic controlled
displacements in the East-West direction (see Figure 7).
During phase II the modules were subjected to

Phase III involved applying the displacements in the
North-South direction to the East walls of the 3D
modules. The loading protocol from Fig. 6 was used and
applied up to failure. The two walls had windows, and
were coupled with 3 steel plates bolted to each wall, as
seen in Fig. 13. The connectors are expected to
effectively couple the response of walls from different
modules.
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Figure 13: Steel plate coupling connectors bolted to two
modules.

The measured maximum strength of the walls rigidly
coupled was 331 kN, with a drift displacement at
maximum strength of 76 mm, which corresponds to
3,1% drift. Neither structural nor no-structural damage
was observed in the walls at a 2% drift. The Windows
broke at a 2.2% drift. At drift levels larger than 3% nails
pulled through the OSB panels. See the walls in the
deformed position in Figure 14.

Figure 15: Finite element model of a 6-storey one-module
building

The building was verified using Nh433 [4]. Figure 16
shows the maximum calculated drifts along the height of
the building, in both directions of analysis. In the figure
is also shown the 0.2% drift limit from NCh433 [4]. The
drift was calculated using a linear-elastic model and the
provisions from NCh433 [4]. Stiffnesses were taken
from the results of the tests of the 2D walls. The X
direction has a shorter length of walls, and therefore the
drifts are larger, but with the design provided are still
smaller than the drift limit. In the Y direction the drift
limit is smaller than the limit.

Figure 14: 3D modules at a drift of 3.1% during phase III of
testing.

3.3 SIMULATIONS, SEISMIC ANALYSIS
Linear and non-linear analysis of the 6-storey building
were performed. Non-linear models were calibrated
using the results from the experimental tests. The walls
of the first two floors of the building were taken equal to
the walls tested and described in Section 2. The walls of
the upper storeys were considered to have smaller lateral
stiffness. Figure 15 shows a finite element model of a
one module, 6-storey building.

Figure 16: Maximum drifts calculated in X and Y directions of
the modules (directions as defined in Fig. 1)
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4 CONCLUSIONS
Shear tests of 2D and 3D systems were performed at the
Laboratory of Structural Engineering of the UC. The
results of the tests were used to model and design a 6storeys timber building, built using prefabricated 3D
modules. The resulting structure is very heavy.
The feasibility of construction of a timber, modular
prefabricated structure in the platform frame system for
six storeys, in an area of high seismic risk in Chile, was
demonstrated.
The main conclusions are:
• The main parameters that are needed to be
changed in the Chilean Code for Earthquake
Design of Buildings are the maximum allowed
drift, as well as evaluating a proper value for
the response modification factor R.
• In this study it was possible to perform
laboratory tests to shear walls, both in 2D
panels and 3D modules panels, as close to
reality as possible, according to their
arrangement in the field in terms of loads and
border conditions.
• Shear load tests of walls, with simultaneous
vertical load, yielded large strength. This value
was used to verify the strength design of the
building.
• Also, the stiffness of the walls was evaluated,
and was used in elastic models as required by
the Chilean Earthquake Design Code to define
earthquake design loads and check the
allowable drift limits.
• A six-storey building was designed using the
Chilean building code, resulting in large cross
sections. The cross sections were needed due to
large vertical loads and small lateral
deformation limits (drift limits).
• It was possible to assess through dynamic timehistory analysis, the response of the building
under seismic loads.
This work is useful for the development of the timber
industry in Chile, more specifically platform frame
systems. A new value of the response modification fact
R and a larger drift limit for timber construction may
help optimize the structure, making mid-rise timber
construction economically feasible.
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EXPERIMENTAL EVALUATION OF THE VIBRATION
SERVICEABILITY OF TIMBER FLOOR SYSTEMS IN CHILEAN
SOCIAL HOUSING
Al and r O a o1, Fran o B n d tti2, Jos Rojas3

ABSTRACT:
Timber social houses built in Chile use low cost floor systems based on radiate pine beams covered with plywood boards.
This solution satisfies the current Chilean structural standards, but commonly has vibration levels that are intolerable for
the users. In this work the necessity of incorporate the vibration serviceability criteria to the design of Chilean timber
floor is discussed. Vertical accelerations induced by moving people are recorded on both laboratory prototypes and
existing houses. Using this data, vibration performance indices (VDV) are computed and then compared with the BS
6472-2008 standard criteria. The VDV results show that the evaluated low cost Chilean floor systems overpass about 1.9
times the advisable limits, suggesting that the vibration behavior can control the design of the timber floors.
KEYWORDS: wood floor vibration, vibration serviceability, vibration dose value

1 INTRODUCTION 123
Floor systems are the only structural component in
constant contact with the users, both residential and
commercial buildings, as well as industrial facilities.
When this ensemble of structural elements achieves a
poor performance in terms of structural serviceability, it
becomes a frequent source of complaints from the users,
due to the annoyance generated by the deflections and
excessive vertical vibration of the floor while walking in
them [1]. This issue, which is becoming more recurrent in
diverse construction contexts, has generated a sustained
increase in research associated with the dynamic
serviceability of floor systems [2]
The vibration performance of timber floor systems due to
people’s walk has been subject of research since the 80’s,
because the vibration serviceability criteria generally
control the design of floor structures [3]. Onysko [4]
conducted a field study in wood floors of dwellings that
were designed according to the traditional deflection
control criteria. Xiong et al [5] evaluated the vibration
performance of 13 wood floors in Chinese educational
institutions. The environmental vibrations, impact tests
and walks of both individuals and groups were measured.
All of the instrumented floor systems were evaluated
1
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according to the dynamic serviceability criteria required
by the current Chinese standards. In most cases, the users
were not satisfied with the vibration performances of their
floors, and thus, the need for generating new design
criteria considering serviceability was detected.
Accordingly, the International Organization for
Standardization (ISO) and British Standard Insitute (BSI)
published standards in the context of vibration
serviceability, especially versions ISO 2631-1 [6], ISO
2631-2 [7], ISO 10137 [8] and BSI 6472-2008 [9]. These
standards include requirements for the evaluation of the
human exposure to vibrations and contain the basis for the
serviceable design of buildings and pedestrian walkways
subjected to vibrations; these standards are being adopted
by diverse countries [10].
In Chile, this matter becomes critical due to the unique
and adverse properties of the light timber specie (radiate
pine) commonly used for construction, unskilled labor,
and their increasingly frequent use in low-cost social
housing. The need for incorporating the vibration
serviceability in the design of timber floors in Chile is
discussed on this work. Measurements of vertical
accelerations induced by displacement of people are
developed on both laboratory built prototypes and existent
2
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houses. Then, vibration performance indices (VDV) are
computed and the criteria proposed on the British BS
6472-2008 standard are checked.

2 MATERIALS AND METHODS
2.1 EVALUATED FLOOR SYSTEMS
DESCRIPTION
Two typical floor systems are evaluated. One is built
under ideal controlled conditions in the laboratory, and
other one of a real house. The properties of both floors are
presented on Table 1. Moreover, the laboratory and in situ
floors are showed on Figures 1 to 5.
Table 1: Geometric properties of the evaluated floors
Figure 3: op ie o the e aluate e istent loor

Property
Floor length (mm)
Floor width (mm)
Beam structural grade
Beam thick (mm)
Beam height (mm)
Beam spacing (mm)
Board thick (mm)

Laboratory
floor
3000
4000
C24
41
138
410
15

Existing
house floor
2800
5000
C16
50
150
410
18

Figure 4: ie o the la oratory loor un er construction

Figure 1:

ternal ie o the e aluate e istent house

Figure 5: ie o the inishe la oratory loor

2.2 GENERATION AND MEASUREMENT OF
VIBRATION

Figure 2: ottom ie o the e aluate e istent loor

A set of walks is performed for each floor considering
different body mass of the walkers (between 56 kg and 87
kg) and step frequencies (between 1.4 Hz and 2.2 Hz). For
the laboratory built floor, 3 different use scenarios are
studied: unfurnished floor, floor with bedroom furniture,
and floor with living room furniture. Figure 6 shows the
configuration of furniture. Besides, for the real house
floor, only the unfurnished scenario is considered. As
vibration source, 22 walks are performed for the real
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house floor, while for the prototype floor, 60 walks were
carried out for each use scenario (Figures 7 and 8).
Regarding the vibration measurement, 4 accelerometers
(Figure 9) were installed on floors for recording the
vertical acceleration at a sampling rate of 1652 Hz
(Figures 10 and 11).

Figure 9: ccelerometers use

Figure 6: ie o the stu ie

or i ration measurements

loor on an e istent house

Figure 10: ocation o accelerometers on la oratory loor

Figure 7:
urniture

oman alking in a la oratory loor ith e room

Figure 11: ocation o accelerometers on e istent house loor

In order to evaluate the vertical stiffness of floors, a 1 kN
point load was applied on the top side of them. Moreover,
a displacement transductor was installed on the bottom
side (Figure 12).

Figure 8:

an alking in an e istent house loor

Figure 12: ocation o

isplacement trans uctor
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2.3 EVALUATION OF NATURAL FRE UENCY
AND DAMPING RATIO OF FLOORS
To classify the type of vibration response of the floor, it is
imperative to know the vertical vibration fundamental
frequency. When a more complete dynamic
characterization is needed, it is recommended to also
estimate the damping ratio associated with the vibration
frequency.
To obtain the fundamental vertical vibration frequency
“fn” of the floors, the Fast Fourier Transform (FFT) was
applied to the signal recorded during walking tests. The
vibration frequency generally corresponds to the
frequency that generates the peak value of the FFT
amplitude of the signal [11], as shown in Figure 13.

1/ 4



4
   a (t ) t 





(2)

Where aw(t) = frequency weighted acceleration time
history (m/s2), and T = length of the acceleration time
series (s).
The acceleration registered in walking tests must be
filtered by a frequency weighting curve, defined as Wb
for BSI 6472 standard (Figure 14). This approach is
necessary because the way in which people perceive
building vibration depends on various factors, including
the vibration frequency and direction.

Figure 14: re uency eighting cur e

Figure 13: ie o the stu ie

For every trial walk the VDV index was computed. Then,
a representative VDV value was determined for each
studied floor, as shown Equation 3.

loor on an e istent house

On the other hand, the half-power bandwidth method was
applied to calculate the damping ratio “ξ" associated with
the vertical vibration fundamental frequency. This
method operates in the frequency domain and is adequate
to determine the modal damping ratios for each
vibration’s natural frequency when the system is excited
by an impulsive load [12]. Equation 1 shows the way to
calculate the damping ratio:
𝜉≈

𝑓𝑢 − 𝑓𝑙
2 ∙ 𝑓𝑛

(1)

Where ξ is the damping ratio, fn is the natural frequency,
and fu and fl are the upper and lower frequencies of the
half-power bandwidth.
2.4 DYNAMIC SERVICEABILITY INDICES AND
CRITERIA
The performance indices and criteria proposed on the BS
6472-2008 [3] standard were used for the evaluation of
the vibration serviceability. Particularly, the vibration
dose value index (VDV) was selected, because it has a
good correlation between different vibration types and the
subjective response of the people. This index was
determined using Equation 2.

𝑟𝑉𝐷𝑉 = [

4 0.25
(∑𝑚
𝑛=1 𝑉𝐷𝑉𝑛 )
] ∙ 𝑉𝐷𝑉𝑚𝑎𝑥
(𝑚)0.25 ∙ 𝑉𝐷𝑉𝑚𝑎𝑥

(3)

Where rVDV is the representative VDV, VDV max is the
maximum VDV of a set of walkings, and m is the total
number of walkings in a floor.
Once rVDV had been calculated, a VDV value for a 16
hours day or 8 hours night of use of the floor was
computed [13], according to Equation 4.
𝑡𝑑𝑎𝑦/𝑛𝑖𝑔ℎ𝑡 0.25
𝑒𝑉𝐷𝑉𝑑𝑎𝑦/𝑛𝑖𝑔ℎ𝑡 = (
)
∙ 𝑟𝑉𝐷𝑉
𝑡

(4)

Where eVDVday/night is the VDV for a 16 hours day or 8
hours night, tday/night is the duration of exposure per day or
night (s), and t is the duration of representative walking.
For residential buildings a quiet environment was
assumed, with one person walking across the floor 2 times
per hour (16-hours day or 8-hours night). The procedure
used is as described by Ellis [14]. Equation 5 shows the
resultant estimated VDV expressions.
𝑒𝑉𝐷𝑉𝑑𝑎𝑦 = (2 ∙ 16)0.25 ∙ 𝑟𝑉𝐷𝑉 = 2.32∙ 𝑟𝑉𝐷𝑉
𝑒𝑉𝐷𝑉𝑛𝑖𝑔ℎ𝑡 = (2 ∙ 8)0.25 ∙ 𝑟𝑉𝐷𝑉 = 2.00 ∙ 𝑟𝑉𝐷𝑉

(5)
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Finally, eVDVday/night was compared with the thresholds
proposed on the BS 6474-2008 standard (Table 2).
Table 2: eVDVday/night ranges (m*s-1.75) which might result in
various probabilities of adverse comment within residential
buildings

Place and
time
Residential
buildings
16 h day
Residential
buildings
8 h night

Low
probability
of adverse
comment 1
0.2 to 0.4
0.1 to 0.2

Adverse
comment
possible

Adverse
comment
probable 2

0.4 to 0.8

0.8 to 1.6

0.2 to 0.4

0.4 to 0.8

1Below

this ranges adverse comment is not expected
2Above this ranges adverse comment is very likely

Figure 36: amping ratio or la oratory loor in i erent use
scenarios

Generally speaking, the vibration behavior of all tested
floors was a series of transient responses to individual
impulses, without any kind of resonance, as shown in
Figures 17 to 20.

3 RESULTS AND DISCUSSION

The first set of analyses investigated the type of vibration
response of the floors. These tests showed floors with
natural frequencies higher than about 7Hz - 10 Hz, that
are sometimes known as “high frequency” floors.
Unfurnished use scenario had the highest natural
frequencies for laboratory floors (Figure 15).
In addition, Figure 16 highlights damping ratios measured
in the laboratory floors. These values correlate fairly well
with the examples of damping values indicated in ISO
10137 standard [8]. In this case, unfurnished use scenario
had the lowest damping ratios.
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Figure 4 : ertical acceleration or alking test on
un urnishe la oratory loor male,
kg

4
3

Acceleration [m/s2]

On the other hand, in the existent house similar values for
the above dynamic properties were founded. The mean
values for natural frequencies and damping ratios were
25.75 Hz and 0.019 respectively.

3

Acceleration [m/s2]

3.1 DYNAMIC AND STATIC PROPERTIES OF
THE FLOOR SYSTEMS
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Figure 58: ertical acceleration or alking test on li ing
room urnishe la oratory loor male,
kg
Figure 25: atural re uency or la oratory loor in i erent
use scenarios
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Figure 27:
la loor

o plot or omen alking on un urnishe

Figure 22:
loor

o plot or men alking on un urnishe la

Figure 23:
la loor

o plot or omen alking on li ing room

4

Acceleration [m/s2]

3
2
1
0
-1
-2
-3
-4

1

2

3

4

5

6

7

Time [s]

8

9

10

11

12

Figure 20: ertical acceleration or alking test on e istent
house loor male,
kg

Further static tests showed that existent floor had more
vertical stiffness than laboratory floors. The mean vertical
displacement values for existent and laboratory floors
were 0.96mm and 1.67 mm, respectively.
3.2 VDV PERFORMANCE INDICATORS
As is stated above, from each walking a VDV
performance indicator was calculated. Broadly speaking,
there was a significant positive correlation between VDV
indicator and step frequency, for women and men walkers
in all laboratory floors (Figures 21 to 26).
Figure 27 shows a comparison between VDV obtained
from different floors. Unfurnished use scenario (in
laboratory) had the highest VDV level for all floors. Also
this floor had the lowest damping ratio (Figure 16),
therefore this factor may be responsible for this
vibrational performance.
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Figure 24:
loor

o plot or men alking on li ing room la

Figure 27:

o plot or all alks on i erent loors

3.3 CLASSIFICATION OF THE DYNAMIC
SERVICEABILITY OF THE FLOOR
SYSTEMS
Figure 28 shows the empirical cumulative distribution
function of eVDVday for all floors. On average, 60% of the
measurements in the laboratory floors exceeded the
proposed limit by BS 6472 standard in 16 h daytime (1.6
m/s1.75). In contrast, only 5% of the measurements on the
floor of the existing house exceeded that limit. With
respect to rVDVday indicators, they exceeded in 1.67 times
the regulatory limit on laboratory floors, while in situ
floors limits values were not exceeded.
Figure 25:
loor

o plot or omen alking on e room la

Figure 26:
loor

o plot or men alking on e room la

In the evaluation of the 8 h night-time, 90% of the
measurements in the laboratory floors exceeded the
proposed limit by BS 6472 standard (0.8 m/s1.75) (Figure
29). On the other hand, only 50% of the measurements on
the floor of the existing house exceeded that limit. With
respect to rVDVnight indicators, they exceeded in 2.81 and
1.21 times the regulatory limit on laboratory and field
floors, respectively.

Figure 28: mpirical cumulati e istri ution unction or
e
ay in all loors
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PROJECT SHELTER AND SETTLEMENT
Rose Marie Garay1 1 , Francis Pfenniger2, Ricardo Tapia3, Jorge Larenas4,
Wladimir Figueroa5
ABSTRACT: FONDEF D09I1058 PROJECT, has developed Technical and Normative standards for wood shelter
(emergency houses, EH). As main products we have prepared Manuals for Manufacturing, Installation, Specifications
and Regulations for EH. Nevertheless, in our country there is a gap that needs to be filled in order to have a positive
impact upon emergencies. In this study we evaluated the properties of a prefabricated prototype based on a 64mm
thick "Structural Insulated Panel" (SIP64), built by two OSB panels bonded with a two component polyurethane
adhesive to a high density expanded polystyrene core. SIP64 was manufactured as a main element for construction of
EH. The thermal insulation (TI) was evaluated by NCh853Of.91 and was equal to 1.41 [m * K / W] equivalent to a
thermal transmittance to 0.71 [W / m * K]. In fire resistance (FR), the quality was determined by NCh 935/1.Of97.
The FR was F15 class, minimum safety requirements for bearing vertical elements and non- supportive frame walls. It
is feasible to use the SIP64 as the main element in the construction of EH, proved also to below cost and easily built,
main interest in EH.

KEYWORDS: emergency house, shelter, habitability, settlement, Technical and Normative standards for emergency
houses. SIP panel, thermal insulation, fire resistance

1

Rose Marie Garay, Chile University, rgaray@uchile.cl
Francis Pfenniger, Chile University, fpfenniger@uchilefau.cl
3
Ricardo Tapia, Chile University, rtapia@uchilefau.cl
4
Jorge Larenas, Chile University, jlarenas@uchilefau.cl
5
Wladimir Figueroa, Chile University, wfigueroasoto@gmail.com

2

WCTE 2016 e-book | 2980

1 INTRODUCTION 2 3 4
Shelter, is a kind of houses that actually has no technical
regulations to establish minimal comfort criteria as they
do not depend from de Ministry of Housing but from
Interior Ministry. In fact, Shelter or EH are not regulated
by any authority.
There are many examples of shelter in the world, even
patented, but none is formalized by governments. Even
more, there are no regulations that establish basic
conditions for Transient habitability under minimum
technical criteria nowhere in the world.
A 18sq.mt precarious house consisting of eight
prefabricated unpainted wood panels of wet radiata pine,
corrugated steel cover plates, two windows, one door
and other complementary elements, known as
“mediagua” is used without standard in Chile it as
emergency housing. Back in 1966, "Fundación
Viviendas" was created to provide temporary housing
solutions to families in extreme poverty as those who
have suffered a natural disaster, through direct or
indirect actions (HOUSING FOUNDATION, 2015).
For nearly 46 years, there is an implicit acceptance by
the State of Chile to deliver this type of prefabricated
home, a temporary solution, which is supported in the
absence of regulations, prioritizing quantity and
fabricating and erecting speed over quality of the
product, leaving behind concepts as basic and important
to the healthy development of Chilean families as the
housing wellness.
This housing wellness can be evaluated by various
factors of habitability and safety. The idea of habitability
responds to compliance with certain parameters and
standards among which stand out: interior lighting and
sunlight, overcrowding, heat insulation and sound
insulation (D'ALENÇON et al, 2009). Security,
meanwhile, should contribute to exemption from danger,
harm or risk, so are considered security parameters in
electrical and sanitary installations, structural safety, fire
safety and security against accidents, among others
(INVI, 2004).
In this study the properties of a prototype prefabricated
panel is evaluated based on Structural Insulated Panel
(SIP) construction technology characterizing it as a basic
element for emergency housing.
The housing welfare is the perception and valuation
ascribed to the total of the components of a residence,
according to psychosocial, cultural, economic variables
and political order (Haramoto, 1999).
This housing welfare can be assessed by various factors
of habitability; physical-spatial, psychosocial, thermal,
noise and light, and also for safety factors; such as

1

Rose Marie Garay, Chile University, rgaray@uchile.cl
Francis Pfenniger, Chile University, fpfenniger@uchilefau.cl
3
Ricardo Tapia, Chile University, rtapia@uchilefau.cl
4
Jorge Larenas, Universidad de Chile, jlarenas@uchilefau.cl
5
Wladimir Figueroa, Chile University,wfigueroas@gmail.com

2

structural, fire resistance, accidents, durability and
maintenance (INVI, 2004).
It was necessary to define the factors of habitability and
safety to be considered as a minimum or emergency
housing: Thermal insulation, fire resistance and
protection of structural components that are exposed to
weathering are reported in this document.

2 METHODOLOGY
As a result, the Project addressed this issue inviting
different private and public agencies (MINVU; ONEMI,
FOSIS) to find a consensus on which should be the
minimal technical criteria this EH should match in the
different climatic zones of the country and also how they
should be installed on site after the occurrence of natural
disasters that affect the population. At the same time,
these regulations are also applicable in case of
emergency houses in social vulnerability.
Based on this arrangements the Project designed,
fabricated, installed and evaluated prototypes in 5
different climatic zones of the country and could, after
that, provide technical guarantees of the quality of the
EH that were tested. This may serve as a model for other
manufacturers in the private sphere as long as they
respect the technical standards, which are particularly
well resolved in timber construction due to Chilean
experience and skills.
In this study were evaluated the properties of a
prefabricated HOUSING prototype with 64mm thick
panel based construction technology known as
"Structural Insulated Panel" (SIP) (hereinafter SIP64 ),
which was built by two 9,5mm OSB bonded with a twocomponent type polyurethane adhesive to a high density
expanded polystyrene core.
This panel was manufactured as a main wall element in
the construction of emergency housing, housing
solutions to be transient which actually have no
regulations stipulating minimum habitability standards
and safety requirements as there exist for permanent
housing. It was our interest to evaluate the thermal
insulation and fire resistance of the SIP64 panel. The
NCh853Of.91 thermal insulation standard was used to
calculate the thermal resistance and thermal
transmittance of the panel and then stated what climatic
zones of the country meets the thermal requirements
dictated by the General Urbanism and Construction
(OGUC ) for walls perimeter.
In terms of fire resistance, the quality of SIP64 panel
was determined empirically to withstand a common fire
under test dictates standard NCh 935/1.Of97 and settled
in what parameters satisfies the minimum fire safety tax
by OGUC to vertical elements. The fire resistance of the
panel corresponds to the F15 class, which meets the
minimum safety requirements for supportive and nonsupportive vertical elements (walls).
SIP64 1.22 x 2.44m panels whose basic structure is
composed of:
- Core: high density expanded polystyrene (15 kg/m3)
and 45 mm thick.
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- Faces: Standard structural OSB is used in format 1.22 x
2.44 x 9.5 mm.
- Adhesive: based on one-component polyurethane.
In the upper and lower ends of the panel, polystyrene is
lowered to place sills, necessary joints for the
construction system. Likewise, in the side faces the
polystyrene core carries two recesses along the entire
length of the panel, allowing the insertion of the uprights
to the junction between side panels, (Figure 1)

Figure 1: Configuring the walls construction system.
Figure 2 presents a plan view and a three dimensional
view of the housing module to be manufactured

Figure 3: Manufacturing sequence
The exterior finishing protection systems have been
upgraded according to the climatic conditions in each
zone. In the north and center of country, the walls were
protected with two hands of water -borne topcoat, plus
the application of elastomeric stucco. In contrast, in the
south, the walls are coated with aluzinc sheets and
finished with a specially formulated acrylic paint for
aluzinc. This applies for in this case for roof and walls.
Minor modifications were made to the designs: superior
ventilation openings (Figure 4), are higher and can be
opened in the north and central area, however in the
south they are lower and remain closed, allowing the
passage of light. Also in the north the rear access doors
are higher, reach the floor (Figure 5), allowing better
ventilation. In southern and colder areas they are only
half of the wall, collaborating with improved thermal.
Likewise in the south, the front terrace has been
protected from rain, while in the north it remains
completely open.

Figure 4: Superior ventilation open and closed
according to climatic zone

Figure 5: Outside protection sequence
2.1 THERMAL INSULATION

Figure 2: General plant and three-dimensional view.
In Figure 3, a detail of the manufacturing sequence is
observed, for which the technical aspects mentioned
above (for thermal insulation envelope floor, walls and
ceiling) are taken into consideration.

The Chilean Statement NCh 853 Of. 91 was utilized,
which settles the calculation procedures to determine
resistance and thermic transmittances for construction
elements, particularly those of the thermal envelope, and
in general, any other element that separates different
temperature environments.
The calculation procedures set in this Statement are
based on the assumption that the heat flux is developed
in accordance with the Law of Fourier, at stationary
state.
The method was to determine the thermal resistance of a
layer of material of plane and parallel surfaces, by the
following equation:
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(1)
Where:
R
: Thermal resistance of the layer of
homogeneous material [m2K/W]
e
: Thickness of the layer of homogeneous
material [m]

λ

: Thermal conductivity of the material [W/m2K]

With this information, the total thermal resistance (RT) of
the element was calculated, as a compound of the sum of
the thermal resistances of the different material layers
that form the construction system (∑ Ri), adding the
thermal resistances of both the inner surface (Rsi) and the
outer (Rse), which are tabulated in this Statement,
according to the direction of heat flow, the position and
location of the spacer element and the wind speed
(equation 2).
[m2 * K
/ W]

(2)

Once the total thermal resistance (RT) was obtained the
thermal transmittance (U) of the SIP64 panel was
determined as follows:
[W / m2 * K]

(3)

Finally with these values of thermal transmittance (U)
and total thermal resistance (RT the thickness of the SIP
panel was calculated in order, to meet the thermal
requirements for the enclosure walls in Chile’s different
climatic zones either because the thermal transmittance
(U) is less or equal, or the total thermal resistance (RT) is
equal or superior to what is dictated by OGUC for the
determined areas.

be of actual size. The sample dimensions have to fit of
the furnace, for which a panel of 2.2 m wide by 2.4 m
high was fabricated. This implies that two sample SIP64
panels, of 1.1 x 2.4 m were used, assembled by an
upright edge and fastened peripherally by an upper and a
lower hearth. In addition, throughout the entire assay, the
magnitude of the compressive load (120 kg / ml) had to
be kept constant.
The furnace employs a LPG burner with close to
500,000 kcal/h power and has an opening capable of
supporting the element under test. The temperature was
measured by thermocouple on the side exposed to fire
and infrared radiation in the unexposed side.
According to the Chilean Statement NCh 935/1 of. 97,
the trial is due to continue until the failure of any of the
requirements of the test is observed, ie:
a)

Load Bearing Capacity: Determined by the instant
in which the element can no longer continue to carry
the load bearing function for which it was designed.
b) Thermal isolation: Determined by the time spent for
the temperature of the unexposed side to rise to
195°C (point) or 140°C (average) over the initial
environmental temperature.
c)
Watertightness resistance: Determined by the
instant in which the flames (or high temperature
gases) are filtered by the joints or through any
cracks or fissures formed during the test.
d) Flammable gases emission: Gases emitted from the
unexposed side, are considered flammable if, by
approximation of a flame, they burn and
spontaneously continue burning for at least 20
seconds after removing the flame.
It has to be pointed out that at baseline, ambient
temperature was 15°C; the relative humidity was 54%;
and the furnace recorded an initial temperature of 24°C.

2.2 FIRE RESISTANCE
The fire resistance test was carried out on the
dependencies of the Institute of Materials Research and
Testing (IDIEM), University of Chile, by applying
Chilean Standard Of NCh 935/1. 97.
The method consisted of exposing the SIP64 panel under
test, with one side heated by a furnace, to impart a
temperature curve according to the standard timetemperature specified in NCh Of 935/1. 97, governed by
the relationship:
T – T0 = 345 log (8t + 1)

(4)

Where:
t: Time in minutes considered from the start of the trial;
T: Furnace temperature at time t, measured in ° C;
T0: Initial furnace temperature, measured in ° C.
According to this Statement, the tested element must be
analyzed under normal operating conditions, in order to
reproduce during the test, a similar system of
embedding, supports and loads to which it has to be
subjected. To accomplish this, the tested element has to

3 RESULTS AND DISCUSSION
3.1 THERMAL INSULATION
Chile has incorporated changes described in Section
4.1.10 of the OGUC, called first and second stage of
thermal regulation. These requirements have set thermal
conditioning to the envelope of residential buildings.
With no requirements in the past, these requirements
were first set for roofing complex (2.000) a later for
walls, ventilated floors and maximum window areas
(2007). In effect since 2007 (Gonzalez, 2008), this
amendment provides that the envelopes shall have a
thermal transmittance "U " equal to or less, or a total
thermal resistance " Rt " equal to or superior to the set
for the area in question according to Table 1.
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Table 1: Thermal insulation requirement for each
envelope in climatic zones
Ceiling

Climatic

Zone
1

U
(W/m2K)

Wall

Floor

Rt (m2K/W)

U (W/m2K)

Rt (m2K/W)

U (W/m2K)

1,19

4

0,25

3,6

0,84

Rt
(m2K/W)

0,28

2

0,6

1,67

3

0,33

0,87

1,15

3

0,47

2,13

1,9

0,53

0,7

1,43

4

0,38

2,63

1,7

0,59

0,6

1,67

5

0,33

3,03

1,6

0,63

0,5

2

6

0,28

3,57

1,1

0,91

0,39

2,56

7

0,25

4

0,6

1,67

0,32

3,13

Source: MINVU, 2011a “Ordenanza General de Urbanismo y
Construcciones”.

Table 2: Thermal resistance of expanded polystyrene
and OSB
Materials

Expanded
Polystyrene
(EPS)
OSB

Density

Thickness

(Kg/m)

(mm)

15
700

R

thermal
conductivity

(m*K/W)

45

(W/m * K
)
0,0413

9,5

0,13

0,07

1,09

The total thermal resistance (Rt) and thermal
transmittance of SIP64was calculated (Table 3)
Table 3: Total thermal resistance and total thermal
transmittance of SIP64.
R EPS
(m*K/
W)
1,09

R OSB
(x2)
(m*K/
W)
0,146

Rsi

Rse

Rt

Up

(m*K/
W)
0,12

(m*K/
W)
0,05

(m*K/
W)
1,41

(W/m*
K)
0,71

Table 4: Compliance thermal regulations Rt SIP64 as
thermal zone of the country.
Zone
Zone 1
Large North and Coast
Region IV
Zone 2
Desert and part IV and
V Regions
Zone 3
II, IV, VI and RM
Regions
Zone 4
VII y VIII Regions
Zone 5
Range and IX Region
Zone 6
Interior: IX y X
Regions
Zone 7 Range and
austral zone

Requirement
Rt

SIP64
Rt

Conclusion

0,25

1,41

MEETS

0,33

1,41

MEETS

0,53

1,41

MEETS

0,59

1,41

MEETS

0,63

1,41

MEETS

0,91

1,41

MEETS

1,67

1,41

FAILS

Analytical calculation is obtained from the thermal
resistance of the SIP64 panel was equal to 1.41 [m * K /
W] equivalent to a thermal transmittance of 0.71 [W / m
* K] therefore states that the SIP64 meets with the
thermal requirements dictated by the OGUC for
perimeter walls in all climatic zones except zone VII.
Roof insulation thickness was varied to comply with the
thermal resistances of each area.
According to TERMOCRET (2014th) the panel SIP75
reaches an Rt of 1,752 [m * K / W], fulfilling the thermal
requirement for perimeter envelope walls in all Chile’s
thermal areas.
INGEPANEL (2014) has a thermal resistance value of
1.96 [m * K / W] for the of a 86mm thick SIP panel,
made with two 9.5 mm thick OSB attached to a
polystyrene foam core 67 thickness mm and empirically
obtained under standard test NCh 851.Of.2008.
In calculating the value of thermal resistance under
Chilean NCh 853.Of 91 thermal resistance Rt = 1.93 [m
* K / W], close to the value determined in practice a
good predictive method for determining the thermal
insulation of SIP panels.
3.2 FIRE RESISTANCE
In Chapter 3 of Title 4 of the OGUC, states that all
buildings must meet minimum standards of fire safety, in
order to facilitate rescue of occupants, minimize the risk
of fire, prevent the spread of and facilitate fire
extinguishing fires. To that end, in OGUC buildings are
classified in types a) b) c) d) according to:
- The building use (residential, office, warehouse,
industrial, etc.)
- The floor area
- The number of floors
- The maximum number of occupants and
- Fuel load density (mean and maximum point).
Based on this classification, fire resistance requirements,
expressed as an index of classification for each of the
building types are set, so as required fire walls, partition
walls between units, stairs and horizontal supporting
elements, among others, meet certain degree of fire
resistance.
It is also worth noting that in OGUC, Article 4.3.5
numeral 14, is issued that: the isolated, paired or
continuous housing up to 2 floors, not exceeding 140
m2built area, will resistance to fire at least F15 in its
entirety and supportive components, provided that the
abutment wall or partition wall, as applicable, comply
with the requirements of partition walls between units".
This means that you could propose a detached two-story
building in which the dividing wall meets the required
class F60, and all other structural elements can be
classified as F15.
Regarding the test results for fire resistance SIP64
obtained on the basis of the technical report issued by the
Fire Laboratory of IDIEM (Figure 6), the following are
mentioned:
Load bearing capacity: The element is subjected to a
mechanical load of 120 Kg /m linear. During the test the
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panel suffered deformations, which came to no cause of
failure.
Thermal insulation The maximum permissible
temperature of 195 ºC spot on the side facing the fire
occurred at 17 minutes into the test time at which the
average temperature recorded 134 ºC.
Sealing: The element is kept flame tight to the end of
the test.
Emission of flammable gases: No flammable gases
emitted during the test.

The times assigned to different components are as shown
in Tables 6, 7 and 8.
Table 6: Revestiments Alloted time
Revestiments Description
Phenolic plywood Douglas fir
Phenolic plywood Douglas fir
Phenolic plywood Douglas fir
plasterboard
plasterboard
plasterboard
Double plasterboard
Double plasterboard
Double plasterboard

thickness
[mm]
9,5
12,5
16
9,5
12,5
16
9,5 + 9,5
12,5 + 9,5
12,5 + 12,5

Alloted
time [min]
5
10
15
10
15
20
25
35
40

Table 7: Time allocated to components timbered
Description
wooden
structure
Wooden studs
Wooden beams
Lattice floor and roof
trusses
Figure 6: At the end of the fire tests. The fault zone is
enclosed in red thermal insulation.
Consequently the fire resistance of SIP64 panel found to
be 17 minutes, reaching the F15 classification according
to Table 5
Table 5: Classifying the fire resistance of a building
element
Type
Duration (minutes)
F0
≥0
< 15
F15
≥ 15
< 30
F30
≥ 30
< 60
F60
≥ 60
< 90
F90
≥ 90
< 120
F120
≥ 120
< 150
F150
≥ 150
< 180
F180
≥ 180
< 240
F240
≥ 240
Source: NCh 935/1 Of. 97
In Chile, the only valid method for determining the fire
resistance of building elements is an empirical test in
specialized laboratories, by applying the NCh 935/1 of.
97. An alternative that allows to propose an analytical
justification of the fire behavior of light wood paneling
is the Additive Method Component (Component
Additive Method - CAM), developed by the Committee
on Fire Tests of the National Research Council (NRC)
Canada, which corresponds to a detailed review of
reports of standardized elements of partitions, roofing
structures and beams and hardwood floors trials,
allowing substantiate time values assigned to the
contribution to the fire resistance of each individual
component a constructive element (WAGNER, 2010).

Spacing
[cm ]
41
41
61

Allotted
time [min]
20
10
5

Table 8: Allotted mineral wool insulation inside
Description
Lana Mineral
Lana Mineral

Weigth
[Kgf/m2]
> 1,25
< 1,25

Alloted time
[min]
15
5

Table 9: Rules of Harmathy
Description

Rule 1. The fire resistance of
an element composed of
several layers is greater than
the partial sum of the
resistances of each individual
layer.
Rule 3. The fire resistance of
an element composed of
several chambers separated by
air layers is greater than the
resistance of an element of
equal weight but without
inner tubes.
Rule 5. The fire resistance of
an element does not increase
as a result of increasing the
thickness of an air chamber.

scheme

Criterion
R12 > R1
+ R2

R2 > R1

R1 ≈ R2

Moreover, in the Official List Behavioural Fire Element
and Component Construction (2012) a solution for
perimeter walls and / or partitions, structured with SIP
building system, which meets the minimum requirement
for party walls, occurs (F60). This and other solutions of
interest are detailed in Table 9, mentioning both the total
thickness of the construction element (ET) as their
relative rankings of burning behaviour (MINVU, 2010).
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Table 10: Constructive Solutions fire behaviour for the
complex of walls

9,5mm gypsum board is used, consistent with Rule 1
Harmathy.
2) Table 10 the F15 SIP75 classifies as F30 if a 10mm
thick plaster board is added at the fire exposed side. This
means that the contribution of the plasterboard panel is
at SIP75 least 15 minutes, although individually
plasterboard 10 mm may be assigned a shorter fire
resistance (according to table 6).
3) Because the SIP64 and SIP75 panel classified as F15,
you can design a solution similar to 5 of Table 10
dividing wall, which is using a SIP64 instead of a SIP75
and screw on both sides with a double layer of
plasterboard 10 mm thick. By applying such a structure
to the CAM should be classified by F60, as shown in
Table 11.
Table 2: Dividing wall F60 structured with SIP64
Description Dividing Wall

time (minutes)

Double plasterboard (10 mm + 10 mm)
SIP 64
Double plasterboard (10 mm + 10 mm)

The result of the trial and to analyze the above table
shows that both SIP64 like SIP75 and SIP90 are
classified F15, therefore it can be inferred that an
increase in the thickness of the expanded polystyrene
does not provide enhanced fire resistance and their
behavior resembles the effect of an air as it arises in the
5th Rule Harmathy: "the fire resistance of an element
cannot be increased as a result of increasing the
thickness of an air". Consequently, the fire resistance of
these panels is determined almost exclusively by the
coatings. Usually an OSB board 9.5 or 11.1 mm thick
can last between 7-9 minutes in front of the fire and
instead the polyurethane is consumed in a minute 5 .
That is further extracted by incorporating a 10mm thick
standard plaster board on the inner surface (exposed to
the fire) of SIP75 panel, increasing the element’s fire
resistance from F15 to F30 (solution 3). However it fails
to classify F60 when another layer of the same material
on the outer face (solution 4) is added. This rate is
achieved by incorporating two sheets of 10mm
plasterboard on both sides with wooden racks and filled
with mineral wool (solution 5). This and other
constructive solutions in traditional wooden partition
walls, which respond to an F60 classification, can check
logs MINVU.
To meet the rules established by the Ordinance regarding
fire safety, you could build less than 140 m2 and up two
stories house only with SIP64 panels for all structural
and non-structural (half-floor building elements structure
roof, supportive walls, etc.), except the dividing wall or
partition between units, which require F60 fire
resistance. Based on the times assigned by the CAM and
the Rules of Harmathy, one could pose a dividing wall
solution that meets the F60 requirement as follows:
1) From Table 6, 9.5mm thick plasterboard is assigned
10 minutes rate individually and 25 min if a double
5

Personal communication with Miguel Bustamante.
Fire Engineering Section Head of IDIEM and Academic
of Civil Engineering Department, University of Chile

25
15
25

RF index dividing wall

65

Requiring a standardized full-scale fire resistance test,
resulting in taxation, inhibits innovation and promotes a
bureaucratic hurdle, besides being expensive, requires
considerable time (WAGNER, 2010).
In Chile there are only two experimental centers,
certified by MINVU approved to realize these tests.
To validate the CAM, it is imperative to develop a
regulation governing the manufacture of materials used
in construction, as applied in the US, with the
Regulations Product Volunteers (Voluntary Product
Standard) because so far is regulated by each company,
generating differences in both composition (density and
product quality), resulting in different fire resistances.
Finally, Figure 7 and 8 shows a summaries of technical
criteria for habitability Shelter
1. THERMIC CONFORT AT 4 ZONES

2. LOW COST
Improve
d quality
of life
Savings on
heating

3. ACUSTIC EVALUATION

4. MECANICAL RESISTANCE

Decreased
social risk

5. FIRE RESISTANCE

Figure 7: Technical criteria of shelter Check list
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Figure 8: Summaries of technical criteria for habitability
Shelter

4 CONCLUSIONS
Technical basis for Emergency Housing and Regulation
are available.
All the developed information is contained at Manuals of
manufacturing, installation, technical specifications and
is available.
We need to move towards adopting operational stage.
Move towards to the transient habitability timeline, since
the disaster until the evacuation to definitive solutions.
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ENVELOPE DESIGN IN TIMBER HOUSING: TECHNOLOGICAL
INNOVATION TO PROMOTE THE USE OF RADIATA PINE IN CHILE
Waldo Bustamante1 , Juan José Ugarte2, Felipe Encinas3 Ma Paula Martinez4 and
Sergio Vera5
ABSTRACT: Wood is an abundant Chilean product, but the country shows a general absence of wood as a building
material in housing construction. In the country, the use of this material is restricted and outdated in comparison to the
present development in international timber construction. Chile shows a significant climate variation from north to
south and from east to west. Many cities of the country are located in semiarid or Mediterranean climates, with high
temperatures oscillation and intense solar radiation. Indoor overheating is a common problem in timber housing
constructed in the mentioned type of climates. The use of an external ventilated cavity (ECV) has been introduced in
timber envelope of buildings in order to prevent humidity problems in cold and rainy regions of the developed world.
The impact on preventing these humidity problems has been widely studied but less research has been done in order to
study the effect of an ECV for avoiding indoor overheating in buildings. Laboratory measurements in Santiago of Chile
and measurements in an existing house in Temuco city (south of the country) have showed that the use if a ECV in the
envelope of a timber construction may significantly decrease indoor overheating in one or two storey buildings of the
country.
KEYWORDS: Timber construction, External ventilated cavity, Thermal performance, Envelope design.

1 INTRODUCTION
Chile is a country with abundant forest resources;
however the construction of wooden buildings is far
lower than reinforced concrete and brick buildings. On
the other side, the country shows a high climatic
diversity. This is explained by its geography, which is
shaped by a long- narrow strip of land from latitude 18°
28' S in the arid Atacama Desert to the to the southern
rainy islands that reach Cape Horn at about 16 ° latitude
south [1]. Also, a significant climate variation is
transversally observed from the west to east, with low
temperature oscillations by the coast to higher
temperature fluctuations and solar radiation in
Mediterranean climates between the coastal range and
the Andes. 1234
1
Waldo Bustamante, Pontificia Universidad Católica de Chile.
School of Architecture, UC Timber Innovation Center. UC
Center for Sustainable Urban Development (CEDEUS),
wbustamante@uc.cl.
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Timber Innovation Center, jugarte@uc.cl
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The climatic diversity of the country means that
recommended architectural design strategies including
building assemblies to achieve an effective response to
climate conditions are also very different. To mention
just one example, in coastal cities of the country, where
normally the maximum temperature in summer does not
exceed 26°C, for indoor thermal comfort in this season,
it would be enough to use strategies like diurnal
ventilation and external opaque solar protection in
windows for avoiding solar gains. However, in inland
cities, with Mediterranean climates, where high solar
radiation is observed and temperatures may exceed 30 °
C during spring and summer, daytime ventilation is not
effective to achieve thermal comfort. In this case, it is
highly recommended the use of external opaque solar
protection for windows together with indoor use thermal
inertia [2, 3].
In Mediterranean climates, if the envelope is made of
wood, the use of an EVC (which provides a ventilated
air space behind claddings) may be very effective and
could contribute very significantly to avoid the risk of
housing indoor overheating, during periods of the year
with high temperature and solar radiation.
The effect of the EVC in a timber frame panel has been
widely studied, especially in cold and rainy climates [4,
5, 6]. Studies have included in situ measurements and
the use of numerical models. Some of these studies have
conducted to some recommendations in order to increase
the hygrothermal performance of multi layered timber
frame panels.
The main purposes of the EVC are the prevention of
water infiltration (rain control), and removal of moisture
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that may penetrate the wall [4]. There is less attention
about the effect of other properties that this cavity may
provide in summer periods of the year and in other types
of climates such as arid or semiarid Mediterranean
climates.
On the other side, houses with light insulated panels may
present overheating in arid, semiarid and Mediterranean
climates. The risk of overheating in a building, during
its architectural design process, can be evaluated through
the use of thermal simulation software, which are widely
used for both research and consultancies. However, in
such software, an EVC, which has a low thickness
between the skin (cladding) and the framed wall cannot
be easily represented.
The aim of this paper is to study the effect in indoor
variation of temperature, during summer periods, when
using timber frame panels with an EVC. This effect has
been studied through laboratory measurements and also
in a house that has been built in Temuco, a city with a
Mediterranean climate in central-south of Chile.
The experimental process was developed in order to
evaluate the validity of the hypothesis which indicates
that an EVC could improve the thermal performance of a
building space during the cooling season, since the air
gap (of the EVC) could reduce the effect of solar gains
over the opaque envelope, removing the unwanted heat
that could be transferred to indoor trough the wall . This
heat removal occurs in the EVC by means of air
movement (convection).
After
this
laboratory
experimental
process,
measurements for studying the thermal performance in a
timber frame house were made. This timber frame wall
has incorporated an EVC.

2 METHODOLOGY
The methodology combines two parallel processes. The
first involves the application of an experimental protocol
for determining the effect of an EVC in the indoor
variation of temperature, in modules (mockup) built in
the Campus San Joaquin of the Catholic University of
Chile, located in Santiago (33°30´ S, 70°41´W, 520m of
altitude), during a summer period. Secondly, after the
design and construction of a house in the city of Temuco
measurements of indoor temperatures were made.
Temuco (38°45´ S, 72°40´W, 122 m of altitude) is
located south of Santiago de Chile. It has a
Mediterranean climate with high temperature variation
and solar radiation in summer.

All the modules are north oriented and exposed to direct
solar radiation throughout the day, with no possibility of
receiving any shade during summer (see Figure 1). One
of the four modules remained as a reference mockup
(without EVC), whose results are compared with those
of the rest of mockups with an EVC in walls.
Thermocouples to register indoor temperature (in the
middle of the mockup), external temperature, exterior
surface temperatures and interior envelope temperature
were installed. Temperature in the EVC was also
measured.

Figure 1: Shadow study in mockup. (Late afternoon).

Calibration and registration of measurements were made
in DICTUC laboratories of Campus San Joaquin of the
Pontificia Universidad Católica de Chile (UC). Protocols
of measurements was defined by researchers of the
Timber Innovation Center of UC.
•
In this paper results 2 sets of measurements that
were performed in the 4 mockups are presented.
The tests are: 1. Test for determining the
recommended thickness of the EVC of the
timber frame envelope and
•
2. Test to determine that the effect of type
material would not generate a significant effect
on thermal performance of mockups.
In both types of tests, the thermal effect of the EVC was
quantified through the variation of indoor temperature in
the center of each mockup, and comparing these
variation with the reference (mockup without the EVC.
Santiago is located between the coastal (close to the
Pacific Ocean) and the Andes range. See Figure 2.

2.1 LABORATORY MEASUREMENTS
Four identical modules of 2.4 x 2.4 x 2.4 m were built,
with a ventilated attic, 100 mm of thermal insulation
(fiber glass) in the ceiling and envelope walls of timber
panels, with 90 mm of thermal insulation (fiber glass),
and different external skins over a ventilated cavity (See
Figure1 and Figure 2).. Thermal conductivity of the
thermal insulation used is 0,042 W/m K. The material of
the floor is concrete. A thermal insulation of 100 mm,
for avoiding the effect of the mass of the floor was
installed.

Figure 2: Location of Santiago in Central Chile.
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Climate of Santiago is semiarid with mean maximum
temperature of 29.7 °C (January) and mean minimum
temperature of 3.9°C (July) (See Figure 3). Normal
precipitation of the year is 312 mm. Mean value of
Relative Humidity in January is 57% and 84% in July
[7]. Maximum horizontal solar radiation may reach over
1000 W/m2.

OSB; radiata pine and stucco. Figure 5 shows mockups
during construction and already finished.
Figure 6 shows the three different cladding materials
used in mockups. Measurements for continuous clear
sky days were made.

Month

Monthly Temperature city of Santiago.
Chile. Mean values
12
11
10
9
8
7
6
5
4
3
2
1

T° Mean min
T° Mean
T° Mean max

0

10

20

Figure 5: Mockups during construction process (above)and
already finished (below).

30

Temperature °C

Figure 3: Temperature in Santiago Chile. Monthly mean
values.

2.1.1 Test for width of the EVC
In order to determine the thickness of the EVC that
offers the best thermal performance, continuous
measurements during 3 summer days were made. In this
case, as cladding, an OSB skin was used (see Figure 4).
Three different thicknesses of the EVC were tested: 22
mm; 45 mm and 68 mm.
Source: Fritz et al [8]
Figure 6: A tested envelope wall with the EVC, with a skin of
radiate pine (left), stucco (center) and OSB (right).

2.2 IN SITU MEASUREMENTS

Figure 4: Mockups during construction process.

2.1.2 Testing of different skin materials
After determining the recommended thickness of the gap
of the EVC, this thickness was applied to different
mockups with different materials on its outer skin
(EVC). The materials used on the external skin are:

In order to verify the effect of the EVC, indoor air
temperature measurements have been performed in
different rooms of a 98 m2 two story house that was
designed and constructed within the framework of this
research. The design of the house was made by Teodoro
Fernández and Sebastián Hernández architects [8, 9].
The house is located in the city of Temuco in southern
Chile See Figure 7 which shows the city between the
coastal and the Andes range.
Temuco climate is Mediterranean with mean maximum
temperature of 24.0 °C (February) and mean minimum
temperature of 4.2°C (July) (See Figure 8). Normal
precipitation is 40.8 mm in February and 168 mm in
July. Mean value of Relative Humidity in February is
77% and 88% in July [7]. Horizontal solar radiation is
high in summer periods. (It may reach around 1000
W/m2)
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Figure 7: Location of Temuco in central south of Chile.
Figure 10: Second floor of the house. Arch. Teodoro
Fernández and Sebastián Hernández
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Figure 11 and 12 show other plans of the house and
Figure 13 shows a picture of it.
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Figure 8: Temperature in Temuco Chile. Monthly mean values

The following figures show the plans of the house of
Temuco. See Figure 9 and Figure 10.

Figure 9: First floor of the house. Arch. Teodoro Fernández
and Sebastián Hernández

Figure 11: Northern facade of the house. Arch. Teodoro
Fernández and Sebastián Hernández.

Figure 12: Cut-through the house of Temuco. Arch. Teodoro
Fernández and Sebastián Hernández.
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compared to maximum temperatures of the other 2
mockups. This performance was observed during the
three summer days of measurements.
3.2
RESULTS
OF
MOCKUPS
DIFFERENT EXTERNAL SKINS

In order to study the thermal performance of the house,
temperature measurements were made in its different
rooms, where U12-012HOBO Temperature and Relative
Humidity data loggers were installed. Measurements are
made when the house is not occupied. Also, a HOBO
U30 USB Weather Station Data Logger was installed,
allowing measurements of horizontal solar radiation,
wind direction together with wind speed, precipitation,
air temperature and relative humidity.

3 RESULTS

Figure 14 shows the temperature variation (in summer
days) in the inside of each mockup and the external
temperature. It can be seen that indoor maximum
temperature in mockups without EVC is similar that the
maximum external temperature. Indoor temperature
oscillation in mockups with EVC is significantly lower
than temperature variation of mockup without EVC. In
the case of the 3 different types of external skins (radiate
pine; stucco and OSB), indoor temperature variation in
mockups are similar.

35
Temperatue (ºC)

Figure 13: House of Temuco. Arch. Teodoro Fernández and
Sebastián Hernández.

Temperature variation in mockups and
external temperature

30
25
20
15
10
5

3.1 RESULTS OF MOCKUP TESTINGS FOR
DETERMINING THE BEST THICKNESS OF EVC
As mentioned, first of all, measurements of indoor
temperature for determining the best thermal
performance of the three different thicknesses of the
EVC were made.
The following table shows the
external temperature and the indoor maximum and
minimum temperature that were observed in the 4
mockups.
Table 1:. Indoor maximum and minimum temperature in
different mockups.

Outdoor
Thickness of the EVC
22 mm
45 mm
68 mm
0.0 mm (reference)

WITH

Temperature
Maximum
Minimum
(ºC)
(ºC)
32,2
11,5

28.5
27.7
28.7
30.6

19.4
18.4
19.3
18.1

First of all, regarding maximum temperature, Table 1
shows a significant decreasing of the indoor maximum
temperature in all mockups with an EVC of different
thickness, respecting to maximum outdoor temperature.
In order to avoid or decrease indoor overheating, the best
performance is observed in mockups with EVC of 45
mm, which shows the lower maximum temperature

Time (h)
Wood siding

OSB

Reference

External T°

Stucco

Figure 14: Temperature variation of mockups with different
external skins.

In other words, despite the existence of different external
kinds of skins, it is observed that the thermic effect
generated by the EVC is probably independent of type of
outer skin. Probably the thermal effect of the EVC is
mainly due to the evacuation of heat (heat generated by
solar radiation on the outer skin) is explained by the
ventilation or air movement in the EVC.
On the other side, it can be observed that maximum
temperature in mockups with EVC is between 4.0 and
5.0 °C lower than maximum temperature in mockup
without EVC.
3.2 RESULTS OF MEASUREMENTS IN THE
HOUSE OF TEMUCO
Measurements of indoor and external temperature in 2
continuous summer days of the house which
incorporated a 25 mm width of an EVC are shown in
Figure 15. The house (located in Temuco) has used a 25
mm gap in the EVC due to cost reasons. The cost of the
external wall was les expensive than a wall with 45 mm
of gap in the EVC and it was observed in measurements
of mockups, a gap of 25 mm is still effective in
decreasing indoor overheating.
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Figure 15 shows that indoor temperature in different
rooms of the house is always lower than external
temperature. When the maximum external temperature is
experienced, the indoor temperature is around 3°C lower
than external temperature. After this, the indoor
temperature continues its increasing. This is explained
due to lack of ventilation since the house is completely
closed. If the rooms are naturally ventilated, probably
rooms may reach a closer temperature to the external
temperature. (See nomenclature in Figures 9 and 10).
External temperature and indoor
temperature in different rooms of the house
35

External
Temp.

Temperature °C

30

Kitchen 1st
Fl. K f1

25

Bedroom
1st Fl. B1 f1

20

Linving
room 1st Fl.
LV f1
Bedroom 2
2nd Fl B2 f2

15
10

1 5 9 13 17 21 25 29 33 37 41 45
Time (h)

Bedroom 3
2nd Fl B3 f2

Figure 15: External temperature an temperature variation in
different rooms of the house of Temuco, Chile.

4 CONCLUSIONS
The thermal effect in indoor spaces have been studied
applying an experimental protocol in laboratory
measurements in four mockups in Santiago of Chile, a
city with a semiarid climate, with high temperature and
solar radiation during summer days.
On the other side, an existing house which was designed
and constructed during this research project, was also
studied observing its thermal performance. This house
incorporates an EVC on walls, which may influence on
its thermal performance during sunny days during
summer. The house is located in Temuco, a city of
southern Chile, with a Mediterranean climate, where
indoor overheating risk may be as critical as Santiago of
Chile. The main conclusions of this research are the
following:
The use of an external ventilated cavity in timber
construction may significantly decrease the risk of
overheating in Mediterranean or semiarid climates of
Chile.
Through laboratory experiments and in situ
measurements in an existing house, it has been showed
that an EVC may positively impact in the indoor thermal
ambient due to the indoor temperature decreasing that
this EVC may cause, compared with a timber
construction with an envelope without an EVC.
The type of external skin that it could be used in the
EVC may not significantly influence in the mentioned
positive impact on thermal performance of timber

construction, in semiarid or Mediterranean climates of
Chile.
This work is highly important for improving the thermal
performance of timber housing in Chile, a country with
abundant forest resources and where the thermal
performance of this type of dwelling should be increased
in order to development the timber industry of the
country.
For avoiding indoor overheating, further studies are
recommended to be done in order to evaluate the effect
or how to use or design the EVC in mid-rise or high rise
buildings.
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INTERDISCIPLINARY DESIGN FOR THE DEVELOPMENT OF A WOOD
HOUSE WITH POSITIVE ENERGY
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ABSTRACT: We present the work done for the wood prefabricated house Napevomo, a prototype of high energetic
performance for the international competition Solar Decathlon Europe (SDE) 2010. The house is the result of the
collaboration between an architect (Chilean), a designer, 25 companies from the Aquitaine region (France), 12 engineer
students from the Arts et Métiers ParisTech (Bordeaux), and professionals from the Center of Technologic Innovation
(CRT) Nobatek.
The main axis that guided the collaborative work of Napevomo were: energy performance, user comfort, wellbeing,
respect for the environment and innovation. This axis were put together through the architectonic shape in which
environmental conditions and new technologies gave visible, sensible and functional characteristics to the house.
KEYWORDS: Laminated Green Timber, House with positive energy, bioclimatic architecture

1 INTRODUCTION 1234
The Napevomo house (Figure 1) links technologies and
innovations to improve the energy design of residential
space and it encourages the responsible use of natural
resources. This is possible through the participation of
Napevomo in SDE, which becomes a laboratory for
testing new technologies and ideas coming from the
academia and industries. Made of natural materials,
Napevomo is designed to have a limited environmental
impact while offering its inhabitants a high quality
comfort.
From a bioclimatic point of view a vegetal roof is auto
irrigated to cool its façade. At the same time the house has
an irrigation system which reuse grey waters and recover
rainwater for the vegetal roof and the east façade (also
vegetal) irrigation. Worms are used for greywater
purification
From a point of view of technical development, the house
used green glued wood of maritime pine to make glulam
(10,6 m) and curved glulam. An air cooling system based
on phase change materials (PCM), more specifically
1

Gonzalo Rodriguez, Assistant Professor Pontificia
Universidad Católica de Chile, grodriguezg@uc.cl
2 Julien Bodennec, julien.bodennec@gmail.com
3 Denis Bruneau, denis.bruneau@u-bordeaux.fr
4 Philippe Lagiere, plagiere@nobatek.com, Student
Representative, I2M UMR 5295, Trefle department, Arts et

paraffin, is used to maintain thermal comfort during
summer,. Electricity and hot water are both generated
through a solar cylinder parabolic collector able to track
the solar trajectory [1].

Figure 1: ape omo house on site
Napevomo house participated in the first Solar Decathlon
Europe, in June 2010 in Madrid, and won the first prize in
sustainability criteria. Napevomo means "Do you feel
well?" in the Cheyenne language, and it represents the
Métiers ParisTech, Esplanade des Arts et Métiers, 33405
Talence.
5 Fabien Rouault, Assistant Professor Pontificia Universidad
Católica de Chile, frouault@uc.cl.
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design concept behind this modular solar house, as a
tribute to the deep respect that native Americans devoted
to nature.
Solar Decathlon [2] is an international competition open
to universities and organized by the American
Department of Energy. Since the first edition in 2002, it is
held every two years in Washington. Every team aims to
design, build and use a solar house with a positive energy
balance. On 2010, for the first time the Polytechnic
University of Madrid with the Spanish Ministry of
Housing has proposed a European edition. This first
edition took place in June 2010 and welcomed about
190.000 visitors, alongside the Manzanares River. This
event gathered seventeen student teams from all around
the world (United-States, Germany, China, Spain,
Finland, and France). It is characterized for employing a
rigorous point system to assess the environmental features
of each prototype house, described in detail in Figure 2.

Figure 2: olar ecathlon

criteria

The origins of Napevomo project were set in October
2008, when a group of engineering students of Arts et
Métiers ParisTech in Bordeaux decided to participate in
Solar Decathlon Europe 2010. Quickly, the team was built
with the support of the Arts et Métiers ParisTech school
and a couple of professors from the campus of Bordeaux.
The main objective of those early sessions was to invent
and build a sustainable solar house. A year later, a whole
organization was set around the project, which has
considerably expanded throughout its ambitions.
Napevomo is an innovative demonstration project around
energy efficiency in buildings in Aquitaine, involving
numerous regional, national and international partners.
The project team gathers companies, higher education and
research institutions for the development, building and
monitoring of the solar house prototype Napevomo.

Figure 3: olar ecathlon

criteria

Figure 4: olar ecathlon

criteria

Figure 5: olar ecathlon

criteria

Figure 6: olar ecathlon

criteria

2 DESIGN CONCEPT
2.1 FORM GENERATION
First ideas around the prototype started with a dialogue
within the project team. Each student described their ideas
with general concepts, such as connection to nature,
transparency, fluidity, or natural shapes. Combined with
other requirements like local identity or low
environmental impacts, the architect translated these
words into conceptual shapes (see Figure 7).
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Figure 7: ape omo early sketches

From those early sketches, a curve shape that slightly
touched the ground can be perceived. Those shapes were
inspired from a water drop. Finally, the curve evolved
towards a shape that was evoking a leaf, lying on the
ground. At that time, the Napevomo concept was born.
Also, architectural detailing would take into consideration
passive and active interactions between Napevomo and
the sun. Bioclimatic architecture is a way of building an
identity around a coherent concept [3]. Like conventional
solar passive house, the aim was to protect the house from
solar radiation in summer and capture heat and light in
winter. However, as for many passive solar houses, roof
pitch is often dictated by the optimal angle with the sun,
giving for example houses with highly pitched roves in
the North, and rather flat roves in the South (Figure 8).
Thus, integration of solar technologies often brings
architectural constraints that reduce creativity. From these
considerations the project team approached an
industrialist who was developing a solar concentrator that
would be adapted to the building. Apart from technical
interests in this micro Concentration Solar Power
generator, this particular solar panel was not depending on
the roof pitch. Indeed, this solar system is tracking the sun,
thus reaching highest performances at any time. The
following challenge was to integrate this system while
preserving the architectural concept.

Figure 9: etail o the solar po er generator on the roo top

The team chose to integrate technological elements as a
part of the architecture, as current Building Integrated
Photovoltaics do (BIPV) [4]. In the end, the design
process followed one principle: technologies do not have
to be added once architecture is designed. On the contrary,
they must be considered as proper architectonic elements
that contribute to the overall concept. The successful
integration of technologies was achieved with a strong
collaboration between the architect and the engineering
students, into to take all technical constraints at the first
stage of design process and preserve the technological
performance. In other words, technology was employed
as a material that can be worked like others.
2.1 BUILDING PERFORMANCE

Figure 8: assi e strategy capture sun s heat an light in
inter, protect rom them in summer

As a result, the curved roof appeared as a response to the
curved floor. This curved roof can be seen as a wellbalanced wave, which welcomes a technical element on
the north side, and captures light and sun for living areas
on the south side. This wave is the mark left by the sun on
the house (Figure 9).

The building’s envelop was designed to minimize heating
and cooling energy needs. The team selected insulation
materials which are, or could be produced in the region,
to avoid further fuel consumption and greenhouse gases
(GHG) emissions due to transportation. Cellulose
wadding in the roof and the floor was supplied by a
manufacturer recently settled in the region. Wood fiber
boards for the walls were imported from the Swiss forests,
but could potentially be sourced from the Landes forest
(closest forest from the construction site) in the future.
Those materials have other environmental benefits such
as being made out of waste or by-products. Technically,
wood fiber boards are suitable for external insulation,
which limits thermal bridging. Cellulose wadding and
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wood fiber also bring more thermal mass, compared to
conventional insulation materials [5] (Figure 10 and 11).

Figure 12:
technology

etail o cur e

glulam

eams using

Figure 10: Buildings’ northern facade

Figure 11: Buildings’ southern facade

For the project, the use of maritime pine has an important
meaning. First, it demonstrates the mechanical properties
of this species, which are more than acceptable for
construction, when timber is processed to make glulam
beams. Moreover, the glulam beams used for Napevomo
are produced using an innovative process, especially
developed by the research project ABOVE. That project
aimed to develop an industrial process which green timber
is glued and laminated, before drying it out. This method
is not only bringing stronger properties to the beam than
conventional glulam beams, but it also allows saving
energy since woods parts which unfit for construction like
knots are removed before the drying process. The
availability of this technology was a great argument in
favor of timber. Thus, the team decided to develop a house
that would tend to be 100% from maritime pine, in order
to support the development of local activities around
timber construction in the region. Furthermore,
Nepevomo’s curves would be challenging for this
emerging technology (Figure 12 and 13).

Figure 13: etail o the tim er structure

Figure 14: U values in building’s envelope

Then, along with building architecture, architects and
engineers incorporated heating, cooling and ventilation
strategies to reduce energy consumption. Heating
Ventilation and Air Conditioning (HVAC) facilities have
a crucial rule to provide the required comfort level by
making the best use of the produced energy [7]. The
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building management strategy was based on two simple
principles: the first one is that solar thermal technologies
are, by nature, more energy efficient than photovoltaic
technologies, which have a maximum yield of 20%. The
second principle is that simplicity and compactness of
systems often lead to energy efficiency. Early in the
design process, these two principles guided the team to
determine its strategy to heat the house using solar
collector for domestic hot water. Moreover, Incoming
fresh air would be warmed through heating modules,
which are supplied by solar hot water. The aim of this
approach was to minimize the use of electricity as possible
(Figure 15).

yield, the cells have to be cooled with water. As a result
the team obtained hot water suitable for domestic and
heating use. This system presents numerous advantages.
Firstly, it saves area for a green roof because additional
solar collectors were not needed for hot water. Secondly,
it uses less silicon cells than conventional PV panels for
approximately the same daily production (Figure 18).
Therefore energy and investment pay-back time is
reduced. Finally, energy production in early and late hours
must be higher than with fixed panels.

Figure 17: ara olic
Figure 15: eating an cooling energy nee s or

system

a ri

Passive cooling strategies were also envisaged first to
reduce electric consumption. The first option was to store
heat in mass, using thermal capacity of materials such as
earth, sand or water. The second option is to use latent
heat of fusion or evaporation. Thus, floor and walls were
covered with dense materials such as earth tiles. Secondly,
latent heat of fusion of phase change materials (PCM)
were used to cool the air via a heat exchanger in summer.
Finally, self-irrigated green roof would evaporate rain and
treated grey water in order to minimize solar gain in
summer. Natural cross-ventilation was also a solution for
mid-season and night cooling, therefore operable
windows were designed on each facade of the house. To
complement passive solutions, a heat pump were also
installed to control thermal comfort in the house
throughout the air system (Figure 16).

Figure 18:

ater system

Low energy consumption houses consume very little
energy during its use phase. By contrast, the energy
needed to manufacture the construction materials,
transportation and demolition of the house components
represents an important part of the overall energy
consumption over its life span. Beyond energy sobriety
(reduction of energy consumption) and use of renewable
energy, Napevomo was concerned in reducing the
building environmental impact. Thus, Napevomo was
thought to be environmentally friendly all over its life
cycle (Figure 19). Indeed, technical choices had been
made by referring to life cycle assessment studies on
materials to be used.

Figure 16: ir heating an cooling acti e systems

2.1 ENERGY GENERATION
The objective for the solar technologies was to produce
enough energy to make the house self-sufficient, out of a
restricted area. Thus, the team had to find a trade-off
between architecture and engineering criteria in order to
find a solution which integrates a maximum of solar cells
while respecting aesthetics and architectonic concepts. A
good compromise was found with a parabolic through
concentrator that a local company wanted to test on
buildings. The idea was to generate both hot water and
electricity with a combined solar concentrator. In this
system, direct solar radiation is concentrated via a
parabolic through mirror towards high performance PV
cells (yield of about 20%) (Figure 17). To preserve this

Figure 19: uil ing total em o ie energy

Consequently, the house has a low impact concerning
GHG emissions, energy balance, water consumption, etc
(Figure 20). For example, the timber structure is 100%
made of maritime pine, which is the most abundant wood
in the region of Aquitaine Landes Forest.
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Figure 20: uil ings C

emissions

Finally, while life cycle assessment and bioclimatic
architecture allowed to reduce environmental impacts of
the prototype, the team wanted to highlight important
concepts of sustainability. The design of a sustainable
building changes the way we live in the world. A bearable
way of inhabiting the world could be to try to make human
activities comparable to an ecosystem, where matter and
energy flows are renewable, reused and recycled. In an
ecosystem, waste from a species is a resource for another
one. This approach led to consider energy, water and
waste management, materials and construction techniques
through adapted tools and methods. First, choosing
efficient appliances and various accessories (i.e. check
valve, water saver) to reduce the consumption of drinking
water to the house. But in addition, reducing the
consumption of drinking water, the team founded it
necessary to reuse the maximum wastewater produced for
applications such as irrigation or sanitary usage.
Wastewater is then collected and recycled through various
stages of filtration based on natural processes of
decomposition of organic matter.

3 BIOCLIMATIC CONCEPT
The design of the orientation and size of windows of the
house was calculated optimizing the amount of solar light
during all seasons of the year. The goal was cumulating
heat from the weak solar radiation in winter and to protect
the house from the great solar radiation in summer to keep
it fresh inside. Interior heavy floor of ceramic tiles were
incorporated as thermic mass in the house to reinforce the
accumulation of heat by solar radiation in winter.
Windows on each facade and a skylight on the roof
guaranty a level of natural light enough to have
homogeneity at the interior (Figure 21 and 22). There is
no need of artificial light during day time.

Figure 22: roject interior lightning an
urelie ie

ie s

hotographer

Its bioclimatic architecture is the first element of this
concept with:




O nin s o timally d si n d to us sun s h at and
li ht: large openings on the south facade for
important heat gains, zenithal window that lets a
significant amount of light to enter.
Self-irrigated r n all and roo that helps natural
cooling of the house, thus providing a good comfort
during summer. Irrigation water will come from
rainwater collection and natural recycling of
wastewater (with a lombric-based filtering process).

Other important elements are part of the natural spirit of
Napevomo:





Choice of a ar on n utral onstru tion mat rial:
Maritime Pine from the Landes forest, in the SouthWest of France. A n
t hni u o tim r
l n ht nin , the ABOVE process, uses green wood.
It reduces energy consumption usually required for
drying while providing high resitance glulam beams.
Wast u radin thanks to the use of low process
insulation materials such as wood fibre and cellulose
wadding.
Natural furnishing elements, like ra
lay til s in
floor and wall elements, which also reinforce thermal
comfort.

All the above design strategies and technologies, allowed
to achieve a high level of indoor comfort levels across the
whole year. A TEHOR® sensors [8] was positioned 2.4
meters above floor level in the living room to measure the
ambiance (occupation, temperature, natural and artificial
lighting). Napevomo house was monitored from: January
1st 2012 to April 15th 2013. Exterior temperature was
measured by a weather station. During this period,
Napevomo was used as a lunch room by the employees of
the campus. Thus, this occupation was different from
what it was designed for.

Figure 21: roject interior lightning an
e room hotographer urelie ie

ie s, to ar s the

Figure 19 shows the illuminance measured by the TEHOR
sensor as a function of time. During summer, the
illuminance is around 1000 lux (diffuse light) at the
maximum of the day while it can reach 3000 lux (direct
light) in winter. This daylight variation shows the impact
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of the overhang on light diffusion in the living. Finally,
figure 23 shows that openings ensure an adequate light for
a living space.






Figure 23: aylight illuminance in ape omo rom anuary
to pril th

th,

Thermal comfort is assessed by plotting indoor air
temperature vs. the weighted mean exterior temperature
on seven days Trm as define in the European standard EN
15251 (see Figure 24). Only the temperature during
opening hours (9:00 to 18:00) is drawn. Thermal comfort
limits defined by the same standard are also presented in
the same figure. The figure shows first that indoor air is
cooler than should be expected. However it may be
explained by the low occupation rate (few space heating
and low internal gain).
On the other hand, Napevomo house has a good thermal
behaviour when there is not space cooling systems
functioning since there is not overheating in summer.
Furthermore, there is overheating during mid-season
(exterior temperature between 5 and 12°C). This thermal
behaviour demonstrates that the combination of the
overhang and the south-facing bay window is well
designed and ensure its bioclimatic function.



Com a tn ss: Napevomo has a shape factor near to
one, thus with the minimum of exterior surfaces.
Distri ution o indo s: the windows are mainly
located on the south side to capture maximum
sunlight in the winter. Openings are minimized on the
east and especially on the west sides, because the
solar gains are very important on these fronts in the
summer. On the north side, which receives no solar
gain in winter, glass surface is minimized.
Arran m nt o s a s: the spaces are arranged
according to the path of the sun. The living space is
wide open on the south, while buffer areas (toilet,
bathroom, mechanical room, kitchen) are located
alongside the north façade.
Sun rot tions: Napevomo features two type of
solar protections: the first one is a sunshade overhang
which protects the south facade (90 % all summer).
Shutters complement sun protection on the south
side, as well as for windows of the other facades.
3.1 INNOVATIVE TECHNOLOGY

The Napevomo project highlights many high techs with:




The use of has han mat rials, to store heat
during the day and release it during the cool night. It
reduces heat peaks and reinforces summer comfort. It
is coupled with a ventilation system that makes heat
transfer easier and optimizes energy performances
(Figure 25).
Solar energy production is optimized via an
innovative hy rid oll tor: a parabolic-through
concentrator.
This
micro-CHP
system
simultaneously produces electricity and hot water,
which is not only used for domestic needs but also for
space heating in winter. Thus Napevomo can totally
works from solar energy.

Figure 25: hase Change

Figure 24: n oor air temperature s eighte - ay mean
e terior temperature in
light green an rom anuary st
th
to pril
ark green
hermal category
com ort limits or a uil ing ithout a cooling system
unctioning soli lines
an or a uil ing ith a heating
system unctioning ashe lines

Napevomo was conceived with regard to the major
principles of bioclimatic architecture. During the winter,
it captures, stores and conserves the heat, while during the
summer, it protects from the sun and dissipates the heat.
The team translated those general principles into specific
criteria as follows:

aterial

4 A TRANSPORTABLE HOUSE THAT
CAN BE DISASSEMBLE
Because of the needs of the competition in Madrid, the
house has been constructed in the Aquitaine region and
transported on a truck in multiple parts in order to be
assemble, disassemble and reassemble at the University
of Talence in France (Figure 26 and 27). Although
Napevomo's technology is complex and sophisticated, the
house offers to its users a real living comfort thanks to an
easy management. It is made possible through a building
automation control system that centralizes all comfort
parameters. For example, lightings and shutters controls
can be entirely automated. For artificial lighting
Napevomo uses LED technology. They have two
advantages: they consume only 1-3 Watts, while common
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lights consume 50 to 60 Watts. Their lifetime can reach
100.000 hours (more than 50 years for an average use of
four hours per day). LEDs are cheap, environmentfriendly and totally safe for human health.

wood (Aquitaine) and have been transformed and glued
green without drying.
Thermal insulation panels used comprises natural wood
fibers and cellulose. In the design and insulation panels
placed special care in order to minimize thermal bridges
in the envelope. Moreover, the thermal resistance and the
phase shift that allows the combination of components
used in the facade. This also brings to the interior comfort
of home incorporating mass inside the house that can
accumulate and restore heat passively.
4.2 MODULARITY

Figure 26: ssem le process or the ape omo prototype

The constructive system was conceived to be
prefabricated and easily transportable, while ensuring
high energy performance. The modular design of the
architectural structure of the house allows the transport
mounted and multiple dismounted of the house with the
purpose to place it in different spaces. This modularity
also allows testing the System of quickly assembled based
on 2 dimensional modules (walls and floor panels and
cover).
For the structure of the walls, the team opted for a skeleton
structure. This technique allowed the realization of a
resistant structure with the use of little sections (120 mm
x 45 mm), and is suitable for prefabrication. The floor and
the roof are formed of boxes structured by glulam and
filled with insulating material (Figure 29).

Figure 27: ssem le process or the ape omo prototype onsite

What is particularly relevant for this project, it is the low
carbon emissions produced during its construction and
assembling phase, thanks to its prefabricated modular
building systems (Figure 28).

Figure 29: ssem le process or the ape omo prototype onsite

OUTCOMES
Napevomo ended the competition at the seventh place and
won 5 prices amongst the 10 contests:





Figure 28: Napevomo’s total CO2 emissions for construcion

4.1 ENVELOPE STRUCTURE
Napevomo envelope is comprises of 2-dimensional
modules designed to be portable and enable rapid
assembly of the house. Therefore the house is
decomposed into four modules cover four walls and four
floor modules.
To achieve an adequate insulation to fulfil the SDE
demands, the different modules consist of a frame of local

1st Price of Sutainability
2nd Price of Engineering and Construction
2nd Price of Comfort conditions
2nd Price of Innovation
3rd Price of Solar Systems

The other contests were:






Architecture
Energy balance
Appliances
Communication and social awareness
Industrialization and market viability

CONCLUSIONS
Napevomo house corresponds to the experimentation of
various technologies through a house since its material
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can be adapted to accommodate voluminous technical
elements. It can demonstrated flexibility in use which
allows the wood also to provide a great range of
possibilities.
Most of the project’s lessons and approaches had been
continuously revisited in different academic assignments,
particularly the “Casa Solidaria” initiative at PUC School
of Civil Construction, which was designed to participate
in Solar Decathlon Latin America y el Caribe 2015
(SDLAC2015) Colombia (Figure 30).

In the development of the final manuscript, the authors
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for Civil Construction for providing the funds to present
this paper and support from UC Timber Innovation
Center.
Finally, G. Rodriguez would like to thank the support and
patience of his family: Catalina, Clemente, Tomás and
Isidora.
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ECO-SUSTAINABLE NEIGHBORHOODS:
PREFABRICATED ECONOMIC HOUSING IN TIMBER
Andrés Sierra1,, Juan José Ugarte2
ABSTRACT: The present project outlines the development of Eco-sustainable neighborhoods as a solution for
industrialized social housing in timber, which are efficient in terms of resource consumption and with greater usable
surface than current standards, and as an effective response to building and assembling companies. This model is based
in integrated urban strategies, which includes the management of energy sources based on the solar potential of the region
(Atacama Desert), with open public areas that also serve as “family gardens”, the utilization of gray waters through
biological filters for irrigation of urban green space and gardens, manipulation of scarce but intense rainwater through
absorbent pavements and micro infiltration tanks. In specific, this provides a housing solution of rapid response to families
affected by the last March 2015 floods in the communities of Chañaral and El Salado in Chile’s Atacama Region.
KEYWORDS: Eco-sustainable neighborhoods, Industrialized housing, Prefabrication in timber.

1 INTRODUCTION345
In March 25th 2015 a flood of rainwater and mud
devastated greater populated areas of the communities of
Chañaral province (Chañaral, El Salado and Diego de
Almagro towns) and the Atacama Region (Copiapo and
other minor cities), causing important human,
infrastructural and environmental damages. Once the
social and infrastructure emergency after the catastrophe
was contented, more than 1.000 families were affected
and relocated in shelters and provisional housing. The
contingency plan included, in parallel, definition of safest
areas to initiate rebuilding process of their houses and
neighborhoods. In this context, the Eco-Sustainable
Neighborhoods [1, 2 and 3], are a new housing complex
incorporating
Eco-Sustainable
variable
on
a
neighborhood scale. It is aimed at families affected by
flooding in the northern desert area of Chile, and was
developed in collaboration between the Ministry of
Housing and the UC Timber Innovation Center.

Figure 1: Flood of rainwater and mud devastated greater
populated areas of the communities of Chañaral.

Once the emergency phase in the area, the Ministry of
Housing of Chile in conjunction with local authorities and
technical support from UC Timber Innovation Center,
devoted themselves to the task of defining a safe and well
connected location for the new neighborhoods,
developing the characteristics of their future homes and
planning the urbanization criteria with the help of local
housing committees. The project was developed in a "fast
-track " modality getting on 90 days with all the specialty
projects, delivering them to the Ministry for budget and
construction.

1 Andrés Sierra, Professor, Pontificia Universidad Católica de Chile, School of Architecture, UC Timber Innovation Center,
agsierra@uc.cl
2 Juan José Ugarte, Professor, Pontificia Universidad Católica de Chile, School of Architecture, UC Timber Innovation Center,
jugarte@uc.cl
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2 INTERVENTION STRATEGY
In the last years, Chile has had to face, almost once a year,
major natural disasters (earthquakes, tsunamis, landslides,
volcanic eruptions or severe storms). Low-income
families have been particularly affected by these natural
disasters. This has generated a strong social pressure on
political authority, to respond on time and effectively. In
this context, the development of the neighborhood "Oasis
de Chañaral", to be located in a commune which was hit
by a surprise flood of water and mud, killing many
neighbors, and with an enormous damage caused in its
urban fabric and connectivity, was developed in the
middle of a high social and political tension, as the
situation demanded work with a sense of urgency and give
a concrete response to the population and thereby restore
confidence to the authorities.
The reconstruction plan of Chañaral aims to build from
scratch the destroyed houses by the flood that hit the area.
This is framed within the guidelines of housing policies
of the Ministry of Housing: adequate housing, integrated
neighborhoods and equitable cities; fast execution, with
high quality standards incorporating sustainability
concepts. "Oasis de Chañaral" project was born as an
answer to a neighborhood allocating public housing for
about 1,000 people.
For this purpose, local actors, and the university have
worked along to develop the project. The inclusion of
solar panels for electricity and hot water, community
gardens in the green areas was done to promote
neighborhood life, incorporating local flora, which will be
irrigated by the recycled gray water from the same
households. This water recycle plant uses a novel
technology consisting of a bio-organic filter made of
worms, developed in Chile [4]. The neighborhoods of
Chañaral and El Salado includes 405 house units (260 and
145 respectively), starting the building work in March
2016, and it will be finished within the second quarter of
2017.
The social housing deficit in Chile approaches 130,000
units. Yearly, the State allocates 30,000 grants to cover
this deficit. The latter amount is unable to fully cover this
demand. In addition, the Ministry of Housing has
developed the concept of "industrial high-quality
housing". This project is aimed to resolve both issues,
since its raw material (certified timber), ease of handling
and transport. In addition, Chile faces important
challenges of energy efficiency and environmental
sustainability, reaching to assume to the international
community the compromise to reduce in a decade (201525) up to 20% of the expected trajectory of energy
consumption and greenhouse gas emissions. For this,
Green Building is a way to reduce at least 26% of energy
use and 33% of emissions of greenhouse gases they
produce, representing timber and alternative sources of
energy, unique opportunities to achieve these goals.
The Ministry of Housing, through DITEC, SERVIU and
SEREMI Regional, the project client, have provided the

resources for execution: they granted the land, assessed
the technical implementation of the project and will
monitor and control the construction process. The
Pontifical Catholic University of Chile, through the UC
Timber Innovation Center and its associated companies,
have assumed leadership of the project design, and
provided resources to the project. The Ministry of
Economy of Chile, through CORFO granted funding for
the urban design, architecture and specialties, and the
construction of a show house that will be used to train
local labor, and show the facilities of the house to the new
neighbors. Vive Hogar, the sponsoring entity, and
Constructora Armas, the building company, organize the
demand for housing committees for the new
neighborhood, and are responsible for the proper
execution of the construction process.
The main objectives of the project are to provide housing
solutions to those affected by the flood, and incorporate
this action as part of the State response to benefit lowincome families in the country, the concepts of social and
environmental sustainability at neighborhood. For that,
three general principles were defined to implement the
concepts of “Eco-Sustainable Neighborhoods” and
“Efficient, high quality and customized industrial
housing”, which are:
• Firstly, a social and housing public policy that ensures
social integration and suitable project’s localization,
which will help to set bases for major educational and
productive development for the community [5].

Figure 2: Urban plan of the Eco-Sustainable Neighborhood of
Chañaral
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Figure 3: Urban plan of the Eco-Sustainable Neighborhood of
El Salado

Figure 5: Results of experimental tests on warming (-4ºC in
summer).

• Secondly, the implementation of an “Eco-Sustainable
Neighborhoods” model, which implies developing
integrated urbanization strategies, with the
management of energy sources based in the solar
potential of the region, with green public open spaces
which can also achieve the role of family gardens to
harvest a small percentage of fruit and vegetables
consumption, the reuse of rainwater and gray water
through biological filters for the irrigation of green
public areas and family gardens, the management of
scarce but aggressive rainwater through absorbent
pavement and micro infiltration dwells [6].

Figure 6: Air chamber façade technology.
Figure 4: Model and context of the Eco-sustainable
neighborhood of Chañaral.

•

Thirdly, the “quality, efficiency and customization of
industrialized housing”, through and adequate
definition of building material (engineered wood), the
use of technologies to allow industrialization of
manufacturing processes of each unit, the flexibility in
the indoor surface and program distribution to answer
different needs among family groups. This is
accomplished by incorporating at its design stage
strategies of energy efficiency and indoor
environmental quality (which avoids overheating, heat
loss and adequate ventilation), and the management of
solar energy sources to generate hot water and electric
energy.

The project was developed under a fast-track schedule,
with a total window of twelve weeks to deliver the project
submission (technical bundle of architecture, engineering,
urbanization and specialties). In this stage, through a
systematic process of community involvement, different
alternatives of unit internal distributions were developed,
according to each family group needs.
From a conceptual framework: the project was developed
from three areas: 1) A public policy location for the new
neighborhood, which guarantees a safe location and links
with pre-existing services and facilities. 2) Proposed
active community spaces that promote integration and
interpersonal encounter, between neighbors around
“street-parks”, equipped with community gardens and
endemic trees, irrigated by recycled water from its own
treatment plant, and urban sport equipment. 3) The
generation of housing typologies that allow cater to a
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diversity of family structures (young couples, the elderly,
the disabled), offering suited answer to the weather, in one
of the driest areas of the planet.

Figure 7: Model for two-floor units.

Figure 8: Interior of the first floor of a two-floor unit.

Domestically speaking, each house has solar panels for
electricity generation and hot water. Activities with
neighbors: the process of project development was
completed with the participation of housing committees
in three scheduled meetings. The first one of them, to
expose the characteristics of the material of the new
houses, and collect the demands of families. In the second
one, progress was showed, in terms of types of housing
and observations they collected, and they worked on a
first cluster model and structure of the neighborhood. As
a third instance, the approval of the neighbors was done,
regarding the types of housing and the urban structure of
the new district. Also there was developed a program for
community facilities: urban farms, sports equipment and
shaded areas.
Furthermore, this project has involved the national
community, through interest and comprehensive coverage
they have given to various local media, both printed media
(national and regional), radio and television. In parallel,
the Ministry of Housing through DITEC has promoted the
exhibition of the initiative to the sectoral authorities of
other regions, and it has been exhibited in national and
international seminars on new housing policies related to
issues of sustainability and energy efficiency. In
universities, this project has served to develop courses and
workshops that have been discussed in depth the
particularities of this initiative, and encouraged further
progress through graduate thesis that have become part of
this challenge. The industrialized system has led assembly
training courses for local labor and breeding.
Regarding costs, the Ministry of Housing in the
framework of the implementation of the reconstruction of
Atacama plan, funneled the project through SERVIU and
regional SEREMI, providing the land and resources of
subsidization for reconstruction of the realization of the
works [US$ 15,000,000]. The project received in the first
instance, the contributions of the Pontifical Catholic
University of Chile [US$ 50,000], which supported the
victims in the emergency, allowing permanent contact
with the community field and the University. UC Timber
Innovation Center member companies contributed
resources for the development of a first preliminary draft
of neighborhood and housing. The Municipality of
Chañaral delivered land in bailment for the construction
of a pilot training center. CORFO Economy Ministry
financed the project design specialty [U$ 250,000], and
the work of the pilot executed in the center of Chañaral
[U$ 115,000].
Specifically, the annual operating costs are divided into
two: those who are responsible neighbors, and public
areas corresponding to the Municipality. Thus, the
maintenance of solar equipment collection and gray water
treatment plant will be transferred by companies to
neighbors, who will receive as part of their water bills and
normal light (relative to the cost of water, that treated
reaches only 25% of the cost of local drinking water). The
maintenance of green areas and public lighting shall be
borne by the Municipality of Chañaral, with the first

Figure 9: Interior of the second floor of a two-floor unit.
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access to water from the treatment plant wastewater
neighborhood.

3 RESULTS
These are the three most innovative features of this
project: 1) The development of a typology of
industrialized wood housing, high standard in terms of
environmental comfort and energy efficiency, located in a
coastal desert area, with high solar radiation. This is a
tradition of almost one hundred years ago recovered, that
was discontinued so far in the area. 2) The implementation
of the concept "sustainability" on a neighborhood scale,
urban design incorporating the concept of "street-parks"
with tree planting of native species, and community
gardens that will be irrigated with recycled water from
domestic use. 3) The implementation of a housing model,
which, through small interior changes, can better
accommodate the diversity of families / users that inhabit
them.

Figure 11: Interior of the first floor of a three-floor unit.

In addition, the subsidy that families will receive from the
State fully covers the costs of housing, so they should not
pay costs or credits to finance future upon receipt. Costs
relating to the maintenance of solar collection equipment,
and the gray water treatment plant meanwhile, will be
covered during the first two years of operation by the
Ministry of Housing with resources from "technical
assistance" in the same project. After this period, these
charges will be transferred by companies to neighbors
through their water and electricity bills. The maintenance
of the green areas will be borne by the Municipality of
Chañaral, with free access to water from the gray water
treatment plant of the new district.
1. Social housing solutions were designed to respond local
environmental conditions (high thermal oscillation, high
solar radiation and low rainfall), designing open public
spaces and the necessary equipment to proper community
development (Figure 1). All the aforementioned relies
under the concept of cultural regional pertinence of the
housing and neighborhood typologies proposed.

Figure 12: Interior of the second floor of a three-floor unit.

Figure 10: Model for three-floor units.

Figure 13: Interior of the third floor of a three-floor unit.
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2. The use of the “ventilated chamber” technology as
building solution in walls, mezzanine and roofs is done
for generating thermal comfortable spaces (Figures 2 and
3). It is expected that the energy performance in summer
allows to decrease the interior-exterior temperature
variation (minimal interior temperature of 17° and
maximum of 24°, in comparison to exterior 9° minimal
and 29° maximum).

Figure 15: Detail section of the north façade.

3. Urban farms (Figure 16) were designed to recover open
spaces transforming them in productive spaces to help
generate leisure neighborhoods, integrating landscape and
education, unifying the interaction of new inhabitants
with local communities. As strategic plan, a distribution
of 1 square meter per inhabitant was set, through a
management plan with support from local Municipality
and local social leaders.

Figure 14: Detail section of the south façade.

Figure 16: Family gardens.
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This project is considered to have a long-term impact on
people involved and the wider community, because
incorporating "sustainable" concept on neighborhood
scale, in its social, technical and economical dimensions,
will allow a greater cultural development for the
community.
For example, by incorporating the "urban farms", as a
living ecology and economic school, that could be
measured, for example, on savings for the owner of the
house unit. Thanks to the installation of photovoltaic
panels at the household level, and the strong solar
radiation in the region, future neighbors of the “EcoSustainable Neighborhood” of Chañaral will see a savings
on their electricity bills for about 40% of the current value.
100% of the hot water will also be provided by solar
panels installed on the roofs of their houses. The
technology applied in the insulation of the houses may
save during winter nights up to 67% of heating. These
technologies can be applied in other regions of the
country, using different timber construction systems for
surrounding walls of dwellings, achieving equivalent to
those obtained in this region performance. As for
alternative energy sources, these may vary to the southern
regions, substituting solar energy for heating of biomass.

Figure 16: Image of use of public spaces in Chañaral.

In addition, the incorporation of timber in construction
has a positive impact in relation to the predominant
materials in Chile (reinforced concrete, masonry and
lightweight steel). Structural timber, is the only structural
material certified in compliance with environmental
standards. For every square meter of wooden handles,
environmental captured 1.1 tons of CO2, which at the rate
of 6.5 cubic meters per wooden house, the set holds
approximately 2,900 tons of CO2. In its stage of
processing as raw material, this consumes between 60%
and 80% less energy than concrete and steel, halving
waste generation that generates a work with reinforced
concrete. Timber demands up to 67% less energy for
heating during its lifetime than a traditional concrete
construction, and at the end of this can be recycled into
new uses.

This project can be transferred to the regions with the
forest resource, or to different places where its
transportation costs make them competitive with
alternative materials. We have developed technological
responses on timber that allows us to develop various
building systems to adapt to different weathers, both cold
and hot, maintaining an adequate indoor comfort
condition. Regarding its conceptual framework, the three
vertices of the model "Eco-Sustainable Neighborhood" is
perfectly applicable to other realities. Today, this model
of Eco-Sustainable Neighborhood is being very
successfully replicated in response to the housing
committees of families with public subsidies by SERVIU
of the regions of O'Higgins, Maule, Los Lagos, Los Ríos,
and Aysen, and hopes to be also applied in the
neighboring region of Antofagasta (Region II).

Figure 17: Objective image of the
neighborhood for Mejillones, Antofagasta.

Eco-sustainable

Figure 18: Objective image of
neighborhood for Navidad, O´Higgins.

Eco-sustainable

the

Finally, starting on this project, our development plan
consists of two main areas: 1) The development and
implementation of eight new districts in different regions
and cities of Chile, using these projects to make technical
and professional skills in each of them so that this model
can then be replicated with local capabilities. 2) Develop
a new type of housing in height (6 floors), that allows the
social housing access to central areas, where land values
requires the development of higher density than the
houses of 2 and 3 floors in extension. In relation to other
impacts in industrial scale, it would be expected that,
thanks to the performance achieved by the new housing,
it will allow authorities to promote new regulations on
timber construction built in medium height, and energy
efficiency of housing in general, and thereby increase the
component of sustainable construction present so far in
Chile. In parallel, the emergence of a demand towards
high-value timber solutions and higher levels of
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industrialization with a strong local component, will allow
small and medium forest industry to join this value chain.

Figure 19: Objective image of the
neighborhood for Talcahuano, Los Lagos.

Eco-sustainable

Figure 20: Objective image of
neighborhood for Osorno, Los Ríos.

the

Eco-sustainable

Figure 21: Objective
neighborhood for Aysen.

the

Eco-sustainable

image

of

We believe that the world needs solutions that at a local
level, give response to global demand, such as providing
access to 2,000 million people vulnerable to a new house.
This in a very challenging context, as it is the urgent
agenda of reducing energy consumption and greenhouse
gas emissions, which if not met, threatens all humanity.
This sets extends the "sustainable" concept to the
neighborhood level, promoting community life and
safeguarding the efficiency and quality of housing, using
contemporary technologies to recover the historical
nobility of wood.
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DEVELOPMENT OF AN INDUSTRIALISED
SYSTEM FOR TIMBER EMERGENCY HOUSING

PREFABRICATION

Juan Ignacio Baixas1, Mario Ubilla2

ABSTRACT: The project aims to redefine the emergency housing sector in Chile by generating a prefabrication
system able to generate a product with enhanced environmental and comfort performance. Emergency housing
provides a fast response to shelter provision for one or more occupants. In a joint effort between the National
Emergency Agency (ONEMI), the prefabrication company Compatible and UC Timber Innovation Centre (CIM
UC), a more efficient fast-response, easy to transport and assemble production system, tested by building a full-size
prototype which complies national regulation in construction issues. The assessment included thermal analysis with
comfort and energy efficient criteria. The system also needed to produce an improved product within the constraints
of $12.000USD target for production, transport and assembling costs. The project is based in previous experiences
on emergency housing made by researchers of the CIM UC which showed that advantages of prefabrication systems
in timber are able to produce solutions that achieve highest energy efficiency standards, internal comfort and
flexibility. New issues should be considered in the development of this project over our previous experiences, such
as the system adaptability to the several climatic zones of the country and also to different rural and urban situations.
KEYWORDS: Prefabrication, Emergency housing, Energy efficiency, Timber construction

1 INTRODUCTION
1.1 NATURAL DISASTERS
In Chile, natural disasters are a reality that affects
the economic, social and political structure of the
country. Moreover, the large magnitude of the
country and its geographical conditions make them
prone to natural hazards like earthquakes, tsunami,
volcanic eruptions, flooding, snowfall and bushfires
which have affected millions of people in the last ten
years. In fact, according to international
organizations estimations (Inter American Back), in
the last twenty years the country spent close to
$USD 200MM every year to mitigate natural
disaster effects (UNESCO, 2012).
--------------------------------------------------------------Juan Ignacio Baixas F., UC School, UC Timber
Innovation Center, jbaixas@uc.cl
Mario Ubilla S., UC School, UC Timber Innovation
Center, mubillas@uc.cl

The National Emergency Agency (ONEMI) defines
emergency shelter as a housing unit made from light
structure, whose assembly has as a purpose to
provide a temporary short term solution to
habitability issues (most commonly known as
“mediagua”).
1.2 “MEDIAGUA” HISTORY
The Jesuit priest Alberto Hurtado, today a catholic
saint, back in 1948, when he directed the foundation
“Hogar de Cristo” begun a plan that we quote in his
own words:
"Hogar de Cristo intends to begin construction of
emergency housing: no permanent housing, but
human dwellings such as they are built after an
earthquake, but in a way that can be lived in them
humanely ".
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The emergency house known as "mediagua" was
created by the Jesuit priest Joss Van Der Rest of the
Hogar de Cristo foundation in the 50s, to solve
problems of homelessness. Then it was used
following the emerging needs of the earthquake in
1960 in southern Chile (9.5 degree Richter scale) the
largest recorded in world history. From 1962 its
production was industrialized, mainly to solve
problems of poverty, and was called "Casa Hogar de
Cristo". Currently it consists of six wooden panels,
15 piles, zinc sheets and felt for thermal insulation.
No kitchen, no bathroom. No electrical and sanitary
connections. Its function as emergency housing is to
provide shelter to those without. These homes
through the foundation "Techo para Chile" and
"Techo" have been built in great numbers until today
not only in Chile but also in Nicaragua, El Salvador,
Ecuador, Costa Rica, Argentina, Colombia, Uruguay
and Perú.

Figure 1: Building a “mediagua”

species in Chile is very fast growing (15 years for
use in construction) and therefore economical. Its
thermal insulation capacity, low carbon footprint,
good strength to weight ratio, make it particularly
suitable for the construction of manufactured homes.
1.3 NEW DEMANDS FOR EMERGENCIES
Currently the demands for improving emergency
housing have increased, especially on issues of
comfort and durability. Which is accentuated when
considering it is used, on average, for more than 5
years. This was a specially critical issue after the
Valparaiso bushfire on 2014, which left more than
2900 housing units damaged and close to 12500
affected people. In this case the short term light
frame solution could not cope with those challenges,
so an “improvement kit” needed to be distributed to
improve thermal insulation issues. On top of that a
“sanitary kit” was also delivered. But beyond that,
the different climatic zones that can be found in the
country’s territory make necessary the redefinition
of emergency housing that improves the minimal
standard for emergency response and installs the
concept of “quality standard” beyond the definition
of costs and short term response.
According to the Federación Internacional de
Sociedades de la Cruz Roja (2010) affected people
can live for up to five years in emergency conditions
(emergency shelters). Low cost emergency shelter
promotes overcrowding, low sanitary conditions
difficulty control over psychiatric or pathogenic
diseases, increasing the public health spendingMoreover, low health conditions hamper people’s
ability to work diminishing their productivity levels,
further blocking the improvement of the zone
affected by natural disasters.
In that context, a cooperation agreement between the
National Emergency Agency (ONEMI) and UC
Timber Innovation Centre (CIM UC) is looking to
establish novel ways to face the emergency response
problem, focusing in prefabrication systems and use
of timber for basic shelter modules. The work plan
defines the following areas of interest:
- To develop emergency housing prototypes
- To develop an industrial upgrade for building
solutions

Figure 2: “Mediaguas” as permanent housing

- To develop an assembly system for emergency
housing

1.3 USE OF WOOD IN CHILE

- To develop housing ensemble and urban and
community features

Chile is a producer and exporter of wood from
renewable forests. Especially radiata pine. That

- Assessment of on-site procedures
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- To work towards a comparative gap report on
current emergency housing and MINVU (Ministry
of Housing and Urbanism) standards for definitive
social housing.
The building systems MODARQ and VEP
(Vivienda de Emergencia Progresiva= Progressive
Emergency House) are precedents that go in that
direction, both developed in the UC School of
Architecture and UC Timber Innovation Centre
(CIM UC) during 2006-12.

demand was 12.9 kWh/m2 year in school of
Villarrica and 14,9 kWh/m2 year in school of
M.Pinto.
According to nurses’ opinions of school of
Villarrica, inside thermal conditions reached in the
new building are significantly better than those of
their precedent buildings.
Building time of the full building process for the
Villarrica nursery was of 62 days.

2. APPLIED RESEARCH AT THE
CIM UC
In 2006 researchers Juan Baixas and Mario Ubilla,
from the CIDM UC (Center for Research and
Development of Timber Catholic University)
designed
a
flexible
construction
system
prefabricated in wood of low cost for the
construction of nurseries and kindergartens in
vulnerable areas . With this system two prototypes
with very good economic performance and good
thermal behavior were built. In them the technology
developed in the CIDM of "ventilated wall" was
applied.

Figure 3: Juan Baixas and Mario Ubilla: Nursery at
Maria Pinto

The mentioned nursery schools were built in two
different regions of Chile and were designed
considering criterion of reaching comfort with
energy efficiency. Main strategies considered were:
thermal insulation, low air permeability, double
glazing windows, orientation and space distribution
of different rooms of buildings. To avoid
overheating, roof ventilation and solar protection
were applied. Towns considered are: Villarrica
(39°20S; 72°15’W) and María Pinto (33°30’S;
71°10’W).

Then, the year 2009 in a research funded by the
Catholic University and the Regional Government of
Trento (Italy) the same researchers developed a
variation of MODARQ system for very low cost
rural social housing (420 US $ / sq.. mt). It should
be mentioned that social housing in Chile has often
The features of emergency housing, as demand on
the part of individuals and families living in
inhumane conditions, exceeds the capabilities of the
state to resolve them, adding to these figures now
and then extra demands caused by natural disasters.

Opaque vertical envelope was designed of timber
frame panels with thermal insulation. An exterior
ventilated cavity under the external skin was
implemented. Using mockups, an experimental
procedure for estimating the opened exterior cavity
effect in the inside temperature during summer was
applied. Measurements showed that inside
maximum temperature decreased in approximately
4°C in mockups with exterior ventilated cavities, in
respect to those without it.

Between 2008 and 2010, 15 of these homes were
built in the city of Villarrica and nearby, checking
their costs and their thermal performance.

During the design process, effectiveness of solar
protection systems and natural lighting were studied
with ECOTECT. TAS software was used for
estimating heating energy demand and inside
temperature variation. TAS simulations predicted
that overheating may be easily avoided. Heating

Full building time for one isolated house was of 27
days.
Later, days after the 2010 earthquake, students of the
School of Architecture UC built and donated 12
homes to the town of Curepto. These homes also
used the MODARQ system, but this time they were
called VEP (Vivienda de Emergencia Progresiva =
progressive emergency house). As to meet targets of
very low cost and high speed of execution, interior
finishes, sanitary facilities and specifications of
windows were removed, producing modules 3 x 6
meter which solved the first moments of the disaster
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and could then be gradually improved and expanded,
avoiding the concept of disposable housing.

3 DESCRIPTION OF MODARQ
SYSTEM

Also MODARQ panel system was used successfully
in other experiences:

3.1 TRIPLE L PRINCIPLE = LOW TECH,
LOW COST, LOW CARBON PRINT
The panels of the system are easy to produce in
small workshops and industries, with simple tools
and economical materials available throughout
Chile. This would allow rapid response to disasters,
without need for housing stocks, which are
economically impossible to maintain considering the
unpredictability in time and magnitude of such
disasters.

-The Master thesis of John Saffery for emergency
housing.

Wall panels have good insulation and exterior
ventilated chamber, allowing adequate protection of
structural timber and also avoiding overheating in
summer months than in Central Chile have high
temperatures and high levels of solar radiation.
Roof system with good insulation and ample
ventilation chamber.
Figure 4: Jonh Saffery´s master thesis prototype

3.2 MODARQ SYSTEM FOR NURSERIES
General specifications for the MODARQ system for
nurseries are the following:
Floor:
Consists of a concrete slab 8 cm. thick, over an
Expanded Polystyrene insulation of a density =
30Kg / M3 and a 50mm thickness. Considers
perimetral reinforced concrete beams dimensioned
according to soil quality.
Walls:

Figure 5: Jonh Saffery´s master thesis prototype
interior
- The AJR house Developed by Mario Ubilla and
team, for a student whose house was destroyed by
the 2010 earthquake.

Consist on a set of 7 basic building panels shown in
figure … that allow floor plan surfaces up to 18 mt.
x N mt. (Where N is multiple of 3m.).

Figure 7: MODARQ nursery system wall panels
Figure 6: Mario Ubilla: AJR house
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Wall panels have a structure which consists on a
framework of timber pieces 90 x 45 mm., an inner
sheathing of gypsum plasterboard 15 mm. thick, a
mineral wool insulation 90 mm thick, an outer
structural OSB plate 15mm. thick, a vapor seal
membrane, 20 x 45 mm. vertical slats that form the
ventilated chamber, and an OSB siding with
polypropylene film finishing (Smart-Panel), as
shown on the following figure:

Figure 9: Nursery at Maria Pinto. Solar protection

Figure 8: CIM ventilated panel, MODARQ version
Roof:
The structure of the roof consists of 270 mm high
timber I-joists. Roof insulation is 70mm thick
mineral wool over a ceiling finishing of paperreinforced plasterboard 10 mm. thick
To avoid overheating and excessive glare and
brightness, especially in summer cooling periods of
the year, the roof is designed for solar protection,
which has proved to be effective to prevent the
mentioned problems. The protection consists in a
roof with ventilated chamber and wide north
overhang. In a research made by professor Waldo
Bustamante to verify the thermal performance of
these buildings, simulations with ECOTECT were
made. Following figure (Fig 7) shows the effect of
solar protection in northern façade. For summer
solstice, direct solar radiation on windows is avoided
and for winter solstice solar penetration is possible.
In some cases, when necessary, for avoiding glare,
interior white curtains are used.
Figure 10: MODARQ nursery system. Roof
ventilation
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3.3 VILLARRICA NURSERY
PERFORMANCE
Built in 2006, it has a surface of 146 sq. mt

Figure 11: MODARQ nursery in Villarrica, exterior
Figure 13: MODARQ nursery in Villarrica, floor
plan

Figure 12: MODARQ nursery in Villarrica, interior
The town of Villarrica is located at
(39°20S;72°15’W). Its climate is mediterranean with
low temperatures in winter and high temperatures in
summer. Villarrica shows a mean maximum
temperature of 24 °C (February) and mean minimum
of 3,9°C (August).
The energy consumption of the Villarrica Nursery
school for heat comfort, according to the mentioned
simulations in ECOTECT is of 12,9 kWh/m2 year.
Similar buildings with similar budgets in this region
have energy consumptions of around 70 kWh/m2
year.
The ventilated panel system and ventilated roof
design help to maintain comfortable interior
temperatures in summer, in spite of high solar
radiation and exterior temperatures (figure 14)

Figure 14: MODARQ nursery in Villarrica,
temperature variation graphic
3.4 MARIA P. NURSERY PERFORMANCE
Built in 2007 in the town of María Pinto, near
Santiago it has a Surface or 202 sq. mt.

Figure 15: MODARQ nursery Maria Pinto, exterior
This school is also located in a Mediterranean
climate, with low temperatures during winter and
high temperatures during summer : Maria Pinto
town is located (33°30’S;71°10’W). Mean
maximum temperature in María Pinto is 29.8
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(January). Mean minimum temperature is
2,5°C(July).
Solar radiation in Maria Pinto is around 220
kWh/m2 month for December and January, months
with higher sun exposition and around 24 kWh/m2
month for months of winter as June and July.
The energy consumption of the Maria Pinto Nursery
school for heat comfort, according to simulations in
ECOTECT is of 14,9 kWh/m2 year. Which is also
far less than similar buildings in this region.
Moreover, it was a general opinion of employees of
the nursery schools of Villarrica and Maria Pinto
that their working conditions had improved and that
welfare of children had grown significantly over
what was happening in their old buildings.

Figure 18: MODARQ social house in Villarrica,
exterior

Figure 16: MODARQ nursery in María Pinto,
axonometric
3.5 MODARQ SOCIAL HOUSING
Fifteen units of this house were built in the town of
Villarrica and its rural surroundings, with surfaces
going from 39 sq. meters to 48 sq. Meters. This
houses were built between the years 2007 and 2012.

Figure 19: MODARQ social housing in Villarrica,
floor plan and section
General Specifications for MODARQ houses in
Villarrica town and surroundings are the following:
Floor:
Floor panels are 150 x 300 cm. with a structure of
solid wood beams 50 x 200 mm. every 50 cm. They
consider an upper termination of plywood 20 mm
thick and an insulation thickness of 50 mm in
mineral wool.

Figure 17: MODARQ social house in Villarrica,
rural surroundings

The panels are placed over girders 100 x 100 mm. of
radiata pine impregnated wood, at distances of 150
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cm. which go on concrete foundations
impregnated wood poles 100 mm. radius

or

Walls:
Walls consist on a system of 5 basic panels that
allow you to build plant surfaces up to 12 m. x N m.
(Where N is multiple of 3).

Roof:
The structure of the roof consists of 270 mm high
timber I-joists. Roof insulation is 50mm thick
mineral wool over a ceiling finishing of paperreinforced plasterboard 10 mm. thick

3.5 VEP HOUSING PERFORMANCE
VEP housing is similar to MODARQ Social
Housing system, which in a first moment does not
have interior finish of the walls (only a polyethylene
seal) insulation is projected cellulose fiber 50 mm.
thick, windows are elementary, it has no interior
finishing of floor panels .

Figure 20: MODARQ social housing wall panel
system
Wall panels have a structure which consists on a
framework of timber pieces 70 x 30 mm., an inner
sheathing of gypsum plasterboard 15 mm. thick, a
mineral wool insulation 50 mm thick, an outer
structural OSB plate 6 mm. thick, a vapor seal
membrane, 20 x 45 mm. vertical slats that form the
ventilated chamber, and an OSB siding with
polypropylene film finishing (Smart-Panel), as
shown on the following figure:

Figure 22: VEP emergency housing fabrication by
students of the school of architecture from the
Catholic University of Chile

Figure 23: VEP housing at Curepto town
Figure 21: CIDM UC ventilated wall MODARQ
version for social housing

WCTE 2016 e-book | 3018

4 PRESENT DEVELOPMENT
At this time, in an agreement with ONEMI (National
Emergency Office of the Interior Ministry) we are
applying for research funds to continue the study of
an Emergency Progressive Housing, which allows
the initial investment in emergency response not to
be transformed into rubble, but instead to be the
basis of improvements and extensions to provide a
permanent home.

immediate response to the disaster, allowing
however the initial investment not to be lost
generating lots of waste, but rather constitute the
“first stone” of a permanent house.
The MODARQ and VEP systems presented in this
paper require improvements to comply with the
characteristics of the nine climatic zones of Chile
and also of urban and rural situations.

Such housing should be easily prefabricated
(considering an important part of the construction
work is done within an industry and a small part in
the on-site assembly) in a wide range of small and
medium industries distributed throughout the
country.
The building system should use
inexpensive materials of widespread availability.
Building terminations and properties should be
improved along time by each owner and first
emergency modules should be modularly
expandable to form permanent houses.
The proposed system should comply with the
principle of Triple L of the MODARQ system: Low
tech, Low cost, Low carbon footprint.
It should be able to be used both in rural and urban
environments along the country, so it should be
adaptable to cases of high density cities. This
implies continuous building groupings and building
height (at least two levels). MODARQ system was
originally developed for isolated one story high
buildings so these latter properties should be
developed.

5 CONCLUSIONS
The MODARQ System developed by researchers
from CIM UC for nurseries and social housing have
proven to be able to obtain prefabricated timber
buildings with very low cost and good
characteristics of carbon footprint and energy
consumption. In addition these buildings have high
levels of lighting and thermal comfort.
These systems have also proven to be very easily
prefabricated in small and medium industries with
very fast building times and therefore easily capable
of responding to catastrophic cases where the
number and kind of needs it is unpredictable and
therefore impossible to keep in stock.
The possibility of constructing these systems in
progressive stages of completion and dimensions
make it possible to adjust the time and cost of the

Figure 24: 9 Climatic Zones of Chile (N Ch 1079
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EXPEDITIOUS SURVEY OF HISTORIC TIMBER ROOFS.
AN APPLIED RESEARCH FOR PALAZZO SAN FELICE IN PAVIA, ITALY.
Marco Morandotti1, Emanuele Zamperini2, Simone Lucenti3, Matteo D’Andrea4.
ABSTRACT: In recent years restoration progressively passed from an interpretation as isolated event aimed at ending
decay processes, to an idea of continuous planned conservation able to prevent decay phenomena. Within the planned
conservation process the start phase requires a detailed study of the consistency of building artefacts and that serious
degradation phenomena are not ongoing; the process should therefore start with a long and expensive study and with a
series of extraordinary maintenance works. It is therefore essential to reduce starting costs by establishing protocols for
expeditious surveys. In this process, roof has a crucial importance, since most forms of degradation are induced by
infiltration of water from roofing. The paper proposes a system of expeditious surveying and filing for roof of large
historic building complexes and the pilot project carried out in spring-summer 2014 for its application to the case study
of Palazzo San Felice owned by the University of Pavia.
KEYWORDS: Timber roof structures, Expeditious survey, Filing, Monitoring, Palazzo San Felice in Pavia

1 INTRODUCTION1234
In recent years restoration progressively passed from an
interpretation as isolated and post factum event to be
carried out after that decay occurred – an activity aimed
at ending the process of continual becoming and
therefore also decay processes – to an idea of planned
conservation, a continuous activity in which constant
control, monitoring and maintenance aimed at
preventing the occurrence of decay phenomena [1].
Within planned conservation processes the start phase is
the one that presents major criticalities. Indeed it
requires a detailed study of the consistency of building
artefacts and that serious degradation phenomena are not
ongoing; the process should therefore start with a long
and expensive study and with a series of extraordinary
maintenance works aimed at bringing the building to a
minimum acceptable level of performance to be
maintained over time.
The costs of these operations are a disincentive to the
start of a process whose economic advantage cannot be
perceived looking at the short and medium term. It is
therefore essential to reduce starting costs, firstly by
establishing protocols for expeditious surveys. A valid
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protocol for the expeditious survey should: on the one
hand be simple enough to give rise to fast and cheap
operations; on the other allow to gather the minimum
information over the entire structure necessary to
determine subsequent working steps, such as when and
where to perform more in-depth analysis, or if – in some
part of the structure – it is necessary to take urgent action
without further delay [2]. Indeed expeditious surveys
should make it possible to identify different levels of
criticality for ongoing degradation phenomena, since –
from the point of view of an approach to built heritage
based on planned conservation – it is necessary to avoid
radical works, to prefer interventions aimed at
responding to the most critical issues, and to draw up a
plan for constant monitoring of less critical aspects.
In this process, roof has a crucial importance, since
many decay phenomena are induced by infiltration of
water from roofing.
The paper proposes a system of expeditious surveying
and filing for roof of large historic building complexes
and the pilot project carried out in spring-summer 2014
for its application to the case study of Palazzo San Felice
in Pavia owned by the University of Pavia. The study of
the roof of Palazzo San Felice is part of a wider research
– coordinated by prof. Andrea Penna from University of
Pavia – called SICURA (that in Italian means safe) aimed
at establishing innovative strategies for safety, usage and
enhancement of architectural heritage, which used
buildings of the University of Pavia as case studies. The
whole research was funded by CARIPLO foundation
under the call for research “Promoting best practice in
the prevention and preservation of historical and
architectural heritage”, financed in October 2013 and
completed in July 2014.
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2 PALAZZO SAN FELICE
2.1 MORPHOLOGY OF THE BUILT COMPLEX
Palazzo San Felice is an articulated building complex
sited in Pavia, the result of stratification of interventions
that have taken place in more than a thousand years.
The building has almost trapezoidal shape with major
axis placed east-west; in this direction, the length of the
complex is 130÷140 m, in the perpendicular one the
depth is about 60 m.
The complex is built around four interior open spaces,
from west to east we have:
− a small courtyard with trapezoidal shape
(dimensions 17 m × 8÷12 m);
− a quadrilateral cloister – at the centre of which is a
well – with a porch on the ground floor and an open
gallery on the upper (dimensions 25 m × 21 m);
− a large courtyard, now partially used for parking
(dimensions 35 m x 46 m);
− the fourth courtyard, partially saturated by a
construction built in the 1980s (size 32 m x 15 m).

Figure 1: Aerial photo of Palazzo San Felice.

The main façades are those of the southern building
body, overlooking via San Felice al Monastero, and of
the western one, overlooking Piazza Antoniotto Botta
Adorno; the eastern façade instead faces the small via
San Gerolamo Miani, while to the north the building
overlooks the courtyards of a series of private buildings.
2.2 HISTORY OF THE BUILT COMPLEX
The complex was built around a church built between
the VIII and IX centuries. The exact date of foundation
is uncertain, but in the mid-IX century medieval
chronicles record the presence of a monastery of the
Saviour (or of the Queen) founded under the dependence
of an eponymous monastery located in Brescia. The
monastery was located in the northwest quadrant of the
city of Pavia, near the first medieval ring of walls.
In the X century there was the translation of the relics of
San Felice and the new name gradually replaced the
previous one.
Archival sources, historical texts and modern studies
describe various expansion phases of the monastic
complex, often accompanied by changes of activities and
building works (the main source used for this schematic
reconstruction of historical building phases of the
complex is [3]). As early as the X century the church
was the subject of the first expansion work.
In the second half of XV century, a renovation of the
complex was promoted by the abbess Andriola de’
Barrachis, who enjoyed the favuor of Bianca Maria
Visconti, daughter and sole heir of Filippo Maria
Visconti, Duke of Milan, wife of Francesco Sforza,
Duchess herself of Milan from 1450 to 1466. At this
time the monastery was completely renovated and the
work was entrusted to Giovanni Antonio Amadeo architect and sculptor one of the leading exponents of
Lombard Renaissance - and to his collaborators [4].
During these works, the cloister was built: its perimeter
porch is supported by 30 Angera stone columns with
volute capitals, and presents numerous terracotta
decorations in the arches and frescos on the walls. The
works were completed in 1500, date engraved on one of
the capitals of the porch.
In 1624, the monastery was expanded westward with the
construction of the facade towards Palazzo Botta Adorno
and of some buildings around the so-called XVII century
courtyard. The construction date is engraved on the
threshold between the courtyard and the adjoining
cloister.
In 1785 – following the policy of confiscation of church
property led by Emperor Joseph II – the monastery was
suppressed and the church was deconsecrated; the
project for the reuse of the former monastery was
entrusted to Leopoldo Pollack, architect of the Austrian
imperial court, very active at the time in Milan and
Pavia. Pollack elaborated various project proposals
among which was chosen that for the reuse as an
orphanage. The project involved the division of the
complex into two parts: in the eastern part – which
corresponds to the buildings around the XVI century
cloister and the XVIII century court – the female section
was hosted, while the western one – which included the
great courtyard and the other minor court – became the
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location of the male section. The change of use made
necessary various works such as opening windows on
the walls overlooking the street (previously absent due to
the use as a seclusion convent), the addition of various
staircases, and the subdivision on two levels of the large
internal volume of the former church of San Felice.
Pollack also attempted to regularize the geometry of the
plan of the entire complex by eliminating various
buildings in the western part (i.e. the church bell tower
and some residential buildings leaning against the
outside perimeter of the convent) and intervening on the
alignment of the façades. In the same period the upper
gallery of the cloister and the octagonal chapel next to it
– dedicated to Our Lady – were realized.
In 1939 the architect Carlo Emilio Aschieri – assistant
and then professor of Architectural drawing at the
University of Pavia – operated the restoration of the
entire complex; in the former church of San Felice he
removed interior partitions (built on the project of
Pollack), with the intention of recover its original space.
In 1954 the engineer Gianpaolo Calvi – assistant and
then professor of Architectural drawing and Building
technology at the University of Pavia – added a new
floor to the northern wing of the big courtyard.
In 1973 the complex was purchased by the University of
Pavia, which – between the 80s and 90s of the XX
century – destined it to university classrooms and
offices. The project was entrusted to the architect
Eugenio Gentili Tedeschi born in Turin, but active
mainly in Milan, where he was professor of
Architectural Design at the Politecnico. He was
responsible for the reorganization of the entire complex
to house the Faculty of Economics and in particular for
the construction of an assembly hall for 360 people, a
volume with reinforced concrete and masonry structure
built in the east wing of the complex, following some
demolition. The intervention of Gentili Tedeschi has also
led to the addition of a metallic staircase between the
cloister and the large courtyard.

interventions of local change of the shape of the roof, or
in place of previous damaged trusses; the trusses of the
building on the northern side of the large courtyard date
from the mid XX century. Other groups of trusses are
rather more difficult to date, in particular those of the
building on the northern side of the courtyard now
occupied by the Aula Magna, a construction probably
built in the XVII or XVIII century and aggregated to the
complex during the works designed by Pollack.

2.3 THE ROOF OF PALAZZO SAN FELICE
The complexity of the historical events that gave rise to
the current building complex is also reflected in the
heterogeneity of the roof structures of the building.
Although in the whole complex the structural system is
that of a timber purlin roof, the trusses – on which
almost all the purlins lay – are characterized by marked
differences of type due to the different covered spans,
but mainly to the different period of construction.
Some trusses can be dated with confidence: on the basis
of the type of joints, we can say that the trusses of the
part of the building that separates the XVI century
cloister from the large courtyard probably date back to
XVI century [5], although they have been partially
modified and consolidated over time; most of the trusses
of the southern body of the building – corresponding to
the main façade – and of the part of the complex which
separates the large courtyard from the court of the Aula
Magna belong to the end of XVIII century; some trusses
with iron tie-rods – alone or in small groups – located in
various parts of the complex certainly belong to the XIX
century [6] and they were probably built during

Figure 2: Schemes of the trusses: C 1.4, C 2.1, C 3.1, C 4.9
(the tie-beam of which supports a timber floor), C 5.2, C 5.3
supporting on its top C 5.4, and C 6.1.
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Figure 4: Truss C 4.2, the tie-beam is hidden below the floor.

Figure 5: Truss C 6.1 (XVIII century).

Figure 6: Truss C 10.1 (XX century).

Figure 3: Schemes of the trusses: C 6.11 (with a couple of
added tie-rods),C 8.1, C 8.6, C 9.1 (the tie-beam of which
supports a timber floor), C 10.1, C 11.1, C 13.1 (the tie-beam
of which supports a timber floor) and C 12.6 (which have an
added tie-rod and the tie-beam of which supports a timber
floor).

Figure 7: Truss C 12.1 (XVI century, but modified), the tiebeam is hidden below the floor.
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3 SURVEYS OF HISTORIC TIMBER
ROOFS

5 EXPEDITIOUS SURVEY OF
HISTORIC TIMBER ROOFS

The survey of timber roof structures could be carried out
for different reasons (e.g. for historic studies, to assess
state of preservation and security level, to acquire
knowledge necessary for a restoration project, etc.);
depending on the reason for which the survey is done,
the surveyor will aim at collecting or not certain
information. More commonly, surveys are aimed at
drawing up a conservation / restoration project, therefore
they are finalized at raising detailed geometric and
dimensional data and at analyzing technology and state
of conservation. Many handbooks illustrate procedures
for detailed survey and/or analysis of preservation state
(e.g. references [7], [8], [9], [10], [11], and [12]).
The implementation of surveys and in situ investigations
must be carefully planned to maximize the efficiency
and effectiveness of the employed human and material
resources.
In particular, with regard to investigations that concern
the whole structure (e.g. geometric survey), the general
level of detail should be limited to the essential; instead,
more detailed analyses should be carried out at critical
points (e.g. joints, critical sections of members, irregular
parts, etc.). The choice of these points must be very
careful and it must depend on the purpose of the
investigation, with the aim at providing needed data [13].
An example of sheets for the collection of geometric and
technological data of wooden structures – to be used in
the survey phase prior to construction site, and checked
in subsequent phases of execution – was defined during
studies of the timber roof structures of Palazzo Magio
Grasselli and Palazzo Stanga Trecco (Cremona, Italy)
carried out for their restoration. In the intentions of the
designers, these sheets are aimed at collecting
information for the characterization of the structures for
subsequent structural analysis, but have also been
designed to allow the direct use on site during
construction phases [14].

5.1 INSPECTIONS AND SURVEY CAMPAIGN

4 PERIODIC INSPECTIONS OF
TIMBER ROOFS
In the Belgian region of Flanders the organization
Monumentenwacht Vlaanderen has been active since
1991; this organization has issued an operating method
of programming controls and possible interventions on
monuments. This approach allowed on one hand the
progressive knowledge of still not investigated
monuments, on the other the monitoring of already
known monuments, thus permitting to get a broad
picture of historical buildings state of preservation.
The procedure adopted by Monumentenwacht allows
both the objective assessment of conservation status of
buildings and the economic assessment of costs of
maintenance and intervention on built heritage [15].
In Italy, a study has shown how periodic maintenance
practice of coverings are an ancient tradition; however it
has fallen into disuse for various reasons, most notably
the high expense needed for setting up the maintenance
site in the absence of specific devices [16].

The activity carried out by the research group consisted
of the inspection of all the physically accessible parts of
the attic of Palazzo San Felice. Given the extent of the
structure to be analyzed and the limited human resources
available, the research was not configured as a detailed
survey of the structure, but it was aimed to optimizing
the use of resources:
− to gain a basic knowledge of the geometry of the
roof (size and shape of the roof pitches and how
they are related to each other and to the masonry
structure);
− to gain a basic knowledge of the timber structures;
− to appraise their state of preservation and possible
structural criticalities.
With reference to the aim of the research project, the
inspections were carried out in order to define a risk
scale (defined by the vulnerability of the structure and
the dangerousness of expected actions) and therefore a
list of intervention priorities along with preliminary
hypothesises for local interventions, whose aim is the
global upgrade of structural safety both of the roof
structure and of the whole building.
After having understood the complex system of the roof
slopes, the survey operations focused mainly on:
− the organization of trusses, purlins and rafters;
− the connections between the beams and between
them and the supporting masonry;
− the state of material preservation of timber and
metal elements.
During inspections (carried out in May 2014) an
exhaustive photographic documentation (more than 5200
digital pictures) of timber roof structures and of their
relation with masonry structures was done. In addition
many preliminary sketches of trusses and timber roof
framing were made and some reference and control
measurements (span and height of some of the trusses)
were taken.
Thanks to sketches, pictures and measurements – as a
first result of the research – we could amend and
complement the survey of the attic and of the roof
structure that was already in possession of the Technical
Department of the University of Pavia.
5.2 GENERAL TABLES
The gathered information allowed to draw up some
thematic tables whose function is to facilitate the
retrieval of the collected information.
These tables represent the whole building and they
render:
− the general scheme of the roof pitches, representing
the direction of the slope of the pitches and
highlighting with different colours: eaves, ridges,
hips, valleys and rakes; this table pointed out also
the details of critical points of the roofing (i.e. points
at which a malfunction of the system of removal of
rainwater is most likely);
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Figure 8: Scheme of roof pitches.

−
−

a classification of the layers that directly support the
roofing (i.e. laths, corrugated sheets, and planking);
a general planimetric scheme of the timber framing
of the roof.

5.3 IDENTIFICATION OF ELEMENTS
Starting from the general scheme of the timber roof
framing, the building has been subdivided in “zones” in
which roof structures have a common morphology (e.g.
the same span and type of trusses). Zones have been
further divided in “sectors” (i.e. spans between a couple
of trusses, between a wall and a truss, or between two
walls). To each zone, sector and truss an univocal
identification code have been assigned:
− the 14 accessible zones of the roof are identified by
the letter Z followed by a progressive Arabic
number (e.g. Z 3);
− the sectors are identified by the letter S followed by
the Arabic number identifying the zone in which the
sector is and a progressive lowercase letter which
distinguishes the specific sector from the other of
the same zone (e.g. S 3.a);
− the 81 trusses are identified by the letter C (which
stands for capriata, truss in Italian), followed by a
first Arabic number identifying the zone in which
the truss is, and a second Arabic number which
distinguishes the specific truss from the other of the
same zone (e.g. C 3.1).

Figure 9: Planimetric scheme of the timber framing of the
roof.

Thanks to these identification codes it was possible to
divide collected photographic material by zones and to
classify it unambiguously in function of the portrayed
element (e.g. overview or detail of the timber roof
framing of a sector, picture of a whole truss or detail).
5.4 TECHNOLOGICAL SURVEY OF TRUSSES
For each of the 81 trusses of the building a detailed
scheme of both of the fronts was drawn, thus allowing to
immediately identify:
− the geometry of the truss (e.g. number, shape, slope,
and proportions of the timber elements, presence of
metal elements);
− number and place of the external reactions and loads
(end-supports and possible intermediate supports,
points of application of ridge beam and purlins,
etc.).
The graphic schemes are not based on a detailed metric
survey, but only on general reference measure; however
proportions, irregularities and defects of members have
been carefully represented on the basis of direct survey
and pictures. These scheme therefore constitute a valid
preliminary indication of the physical consistency of the
trusses useful to identify the possible necessity of more
in-depth analysis.
In addition to this a study of structural, technological and
material criticalities concerning timber roof structures
has been done. This research has been carried out in a
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systematic way starting from a first subdivision in three
macrocategories, (problems related to the static scheme,
problems related to constructive details, problems related
to damages or forms of decay), each macrocategory (M)
has been further subdivided in a series of categories (C),
which in turn contain some specific criticalities (SC)
concretely found in one or more cases.

M STATIC SCHEME PROBLEMS
C REDUNDANT MEMBERS
SC Props and struts
SC Bricks inserted between post and tie-beam
C INTERACTION WITH MASONRY
SC Interaction with vaults
SC Interaction with intermediate walls or pillars
SC Defects in end supports
C INAPPROPRIATE LOAD
SC Air channels resting on the tie-beam
C STRENGTHENING SYSTEMS
SC Timber element flanking the end of tie-beam
SC Added metal tie-rods
M CONSTRUCTIVE DETAILS PROBLEMS
C DEFECTS IN THE EXECUTION OF JOINTS
SC Various

Figure 10: Truss C 8.7: two redundant vertical props have
been placed between the tie-beam and the rafter, probably due
to the slenderness of the latter. The props support the rafter,
but they tend to bend the tie-beam.

C METAL ELEMENTS IN WRONG POSITION
SC Various
C DEFECTS IN SUPPORTS OF PURLINS
SC Ridge purlin supported for a few cm only
SC Purlin laying on superposed layers of shims
M DAMAGE OR DECAY PROBLEMS
C COLLAPSED JOINTS
SC Collapsed hooked scarf joint
SC Strut slipped from the support
SC Disconnected metallic element
(straps, stirrups, etc.)
C NOTHCES IN TIMBER MEMBERS
SC Notches in rafters to accommodate purlins
SC Notches in tie-beams
C FORMS OF BIOTIC DECAY
SC Widespread wood-boring insect infestation
SC Wood-decay fungi attack

Figure 11: Truss C 3.2, prop supporting a rafter, but loading
the vault below.

Figure 12: Truss C 6.13: collapsed hooked scarf joint, the
forcing key is about to fall down; to integrate the resistance of
the tie-beam, a longitudinal iron bar has been flanked to the
beam, and a couple of tie-rods have been added a few
centimetres above.

Figure 13: Classification of criticalities.

Figure 14: Truss C 5.2: joint between tie-beam and rafter
severely decayed due to fungal attack.

WCTE 2016 e-book | 3027

Figure 15: Truss C 3.1, first part of the table: planimetric
scheme of the zone in which the truss is, schemes of the truss
(arrows represent loads due to purlins) and synthetic
evaluation.

5.5 TABLES OF TRUSSES AND ZONES
Starting from the already cited subdivision of the
building, we have produced:
− a file for each truss containing graphic schemes of
the fronts, a large set of images and a list of the
main problems found, identified in detail both in the
fronts of the truss, and with one or more images.
The analysis of the identified problems has provided
the basis for the definition of a synthetic evaluation
of the degree of risk for the single truss in the
context of the construction and structural complex
constituted by the whole building. Indeed, among
the problems reported, we found some criticalities
linked to the interaction between the truss and the
rest of the building: defects in the support of ridge
beam and purlins, presence of props loading
underlying timber or masonry structures (floors or
vaults), etc.;
− a file for each zone containing some essential data
(planimetric dimensions and surface of the pitches),
information on accessibility of the attic for
maintenance activities (access route, flooring
surface, possible impediments to movement),
information concerning structural features and
criticalities (presence of thrusting elements,
bracings, ...).

Figure 26: Truss C 3.1 second part of the table: photographs
portraying the general shape of the truss and some of the
criticalities.

Since the type of the carried out evaluation is purely
qualitative, it’s impossible to quantify in any way the
decrease in the security level of the structure caused by
the observed problems. It is however clear that the
various problems have different levels of severity.
Therefore it was considered useful to qualitatively
graduate the relevance of detected problems with a
semaphore code:
− green code for issues of negligible importance that
could note negatively evolve over time;
− yellow code for problems that should be monitored
or on which intervene in the context of a planned
maintenance activity;
− red code for problems that need an urgent
intervention and that therefore indicate the roof
areas that should be prioritized for intervention.
In the classification of criticalities some problems are
always classified as minor (green code), or always as
serious (red code), otherwise the classification of other
problems necessarily need a critical evaluation by the
operator. Based on the presence or absence of problems
belonging to individual macrocategories, and according
to the classification of their criticality, for each truss it
was possible to make explicit a summary judgment
(green, yellow, red) for each macrocategory. The final
summary judgment for each truss is the worst of the
three judgments.
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Figure 37: Zones Z 2 and Z 3, first part of the table:
planimetric scheme (with the indication of the relationship
between the various beams that compose the timber framing)
and general data (surface area, access route, etc.).

Figure 48: Zones Z 2 and Z 3, second part of the table:
planimetric scheme (with indication of the criticalities
regarding purlins and secondary rafters), pictures of the
criticalities and synthetic evaluation of the zone.

The research and classification of criticalities have been
carried out also for each sector of the roof. These
criticalities have been registered in the table of the zone
in which the sector is; therefore – matching the
judgements of the sectors and of the trusses – a synthetic
judgement (green, yellow, red) could be assigned to each
zone for each macrocategory of possible criticalities.

6 PERIODIC INSPECTIONS AND
MONITORING

5.6 USEFULNESS OF THE TOOL
The tool constituted by these tables has significant utility
for the planning of ordinary and extraordinary
maintenance activities of the roof.
First of all, comparing the evaluation of the single zones
– the synthetic judgements for each macrocategory of
criticalities – this judging system enables to identify the
parts of the roof that require further investigations or
overriding restoration works (red code), therefore it
highlights in which parts of the system of timber roof it
is necessary to carry out extraordinary maintenance first.
In addition to this, the tool indicates the parts of the roof
that during periodic inspections require a specific
attention to assess that the situation of less serious
criticalities (yellow code) is stable and does not
adversely evolve over time. It is therefore an useful tool
for planning preventive conservation activities.

As already stated, planned preventive conservation aims
at making obsolete an interpretation of restoration as
isolated and post factum event to be carried out after that
decay occurred changing in a continuous process of
constant control, monitoring and maintenance aimed at
preventing the occurrence of decay phenomena.
In particular – being a biological material – in
unfavourable environmental conditions timber can
undergo a rapid decay process. Therefore periodic
inspections or continuous monitoring of the structure are
strictly necessary to find out as early as possible any
form of incipient decay, and to prevent that its progress
could significantly decrease the safety level of the
structure [2].
In this context, on the one hand – as already written – the
developed tool provides a set of issues that require
control priority and therefore it gives a sort of checklist
for inspections, on the other hand, however, it is
important that the filing thus formed does not become an
obsolete tool. It is therefore necessary that over time it is
progressively updated and integrated.
With this in mind, planned inspection activities also
become a tool for collecting additional information,
primarily photographs. The additional documentation
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gathered must be integrated in photographic database,
thus creating documentation that is no longer synchronic,
but diachronic.
The
availability
of
diachronic
photographic
documentation of the roof structure will allow by itself
to assess the development over time of its state of
conservation.
In addition to this, the control of decay evolution with
photographs can easily and profitably be integrated with
instrumental monitoring activities.

7 CONCLUSIONS
The surveying and filing campaign here described differs
from traditional ones due to its expeditiousness linked to
the need to reduce costs and time of the survey, so as to
initiate a plan of extraordinary and ordinary maintenance
activities based on the actual knowledge of the structure.
For roof zones characterized by red code, extraordinary
maintenance activity must be planned in the short term,
while for those characterized by yellow code it will be
sufficient to control criticalities and prevent their
evolution towards worsening.
The extension of the same evaluation system to a large
building stock – like that of the University of Pavia –
could provide on a larger scale an useful tool to define
on a solid technical basis the intervention priority
between different buildings, therefore constituting an
effective decision support tool.
The expeditious survey phase also provides the data set
at time zero for a monitoring system based on periodic
and programmed inspections and controls. If properly
implemented, this monitoring system – although
discontinuous in time – allows to detect any new
criticality in its initial state, and to monitor over time the
evolution of the criticalities already identified during the
expeditious survey phase.
The system here described can therefore be an effective
and inexpensive solution for start-up problems of a
planned conservation plan.
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THE VIENNA ROOF REGISTER – INVESTIGATING HISTORIC WOODEN
ROOF STRUCTURES IN VIENNA’S CITY CENTRE
Hanna A. Liebich1
ABSTRACT: The Vienna roof register illustrates the technical development of historic wooden construction on the
basis of Vienna’s roof structures. Timber roof frames appear to survive from six centuries in the inner city and are a
store of knowledge about choice of materials/sourcing, planning/preparatory measurement, construction type/method of
execution and organisation of the building site/erection procedure. The history of the development of roof frames is
shaped by experiment and empirical evaluation. Today, the surviving stock can be investigated and evaluated
systematically by scientific methods.
KEYWORDS: Historic roof structures, Vienna, inventory, buildings archaeology, preservation of historic monuments

1 INTRODUCTION1
The Viennese roofscape conceals a hidden treasure of
timber constructions hundreds of years old. The situation
has changed a great deal in recent decades, however
(Fig. 1, 2). A well-rounded historic texture has mutated
into a heterogeneous, technoid-reshaped mixture.
The Austrian Federal Monuments Authority (BDA), the

Figure 1: Vienna’s roofscape c. 1860. View from St. Stephen’s
eastwards towards the Old University (BDA Photo Archive)
1

Hanna A. Liebich, Federal Monuments Office, Vienna,
Department of architecture and building technology;
antje.liebich@bda.gv.at

City of Vienna and the Federal Chancellor’s Office have
now launched a research project to gather information
about and evaluate the historic roof structures in the city
centre during the course of 2016. The register as planned
will record the age, construction and state of
development of the around 1,400 objects in the city
centre. The inventory will be enhanced by the scientific

Figure 2: The roofscape in 2007. View from St. Stephen’s
eastwards towards district around the Old University. In the
foreground the façades of Wollzeile, in the centre of the picture
the roofs of the old university with the Jesuit Church and in the
background the buildings of the Ringstraße zone (BDA
Neubauer-Pregl)
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investigation of around 90 individual objects. The roof
spaces of Vienna’s burgher houses will be at the centre
of the project, as they have been under enormous
conversion pressure for several years now and are
extremely threatened.

2 PROJECT
The roof register research project has four phases:
1. Establishment of the research base, 2. Object Survey,
3. Evaluation and 4. Publication.
In the first phase all roof structures were dated
provisionally. This took place on the basis of monument
inventories and BDA archive sources. Depictions of roof
structures from more than 200 objects were retrieved
from the plan archive. The photo archive contributed
views of historic roofs, scale photos and war damage
records. The general object archive provided information
about construction and conversion work in the buildings
concerned since the formation of the monuments service
in 1850.
The second project phase consisted of the systematic
survey,
photographic
documentation,
technical
description and dendrochronological analysis of
individual objects. Ninety largely unchanged roof
structures, representing a cross-section through the
centuries, were selected on the basis of the initial roof
survey. An average of two recorded sections are planned
for each object, meaning that a total of 180 roof
structures will be analysed. Recording will take place
with the help of pre-printed forms, which determine the
type of drawing used and structure the data gathered,
thus assisting the systematic evaluation of the catalogue.
The initial survey and the detailed object records are the
basis of the third phase of systematic evaluation,
including typological classification of the timber roof
frames and reconstruction of the development of roof
structures. The knowledge gained about the roofs of
secular and vernacular buildings will be placed against
the background of the imperial and religious buildings.

Figure 3: The Vienna City centre research area with the
Ringstraße zone (outer area) and the historic centre (inner
area)

The roof constructions from the Hofburg, where research
by the Technical University of Vienna began in 2010,
are an important reference point [12]. At another level,
an attempt will be made to discover innovation stages in
the development of roof structures and Vienna’s role in
the transfer of technological knowledge. Results relevant
to Vienna’s economic area are also expected here.
Comprehensive dendrochronological analysis, headed by
Michael Grabner from the University of Natural
Resources and Life Sciences, will contribute to the
buildings historical project, but also help to improve the
dating of construction timber in Vienna and gain
information about the geographic origin of the timber
used [6].
In the fourth and final phase both the catalogue and the
results of the evaluation will be published and thus help
to close the gap in research into wooden roof frames in
Central Europe. Some studies of the roof structures of
religious buildings exist, but there are almost no urban
inventories of profane buildings. Roof constructions
have been published on a limited scale from Salzburg,
Bamberg and Graz and, comprehensively, from Basle [5,
11, 10, 2].

3 PROJECT RESULTS
The first phase of the survey was completed in May
2016 after which the documentation of the individual
objects began. First reliable results will be available by
the WCTE conference in August 2016. Nevertheless, an
introduction to the surviving roof structures and a
general outline of the constructions found are possible
here.
Vienna’s 1st District is divided into the Ringstraße zone
with roof structures from 1860 onwards and the historic
centre in which roofs survive from many different
centuries (Fig. 3). The map in Fig. 4 illustrates the
number and distribution of building ages found in the
historic centre.

Figure 4: Provisional map of the roof structures in the
historic city centre with building age (Blue - Gothic;
Green - Renaissance; Red - Baroque; Orange Classicist; Ochre – Gründerzeit; Yellow - 20th century)
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The oldest timbers known at the moment are from the
roof of the tower of St. Rupert’s church and date to 1160
[12]. Their place in the history of the building is unclear
at the monument. The oldest roof structures can be found
above religious buildings from around 1400 onwards,
surviving roofs from secular buildings appear to begin at
around 1500 (Fig. 5, 17).
For analytical purposes, however, not only the remaining
examples but rather all roof structures are important.
There are three groups:
Surviving roofs – structures handed down in their
entirety, which can include different construction and
renovation phases,
Transformed roofs – surviving structures, which have
been partly or completely altered or covered over during
attic conversions and are therefore no longer accessible,
Lost roofs – structures which were destroyed by new
stories, war or demolition and are now only known from
the archives.

4 TERMINOLOGY
A necessary precondition of the intensive analysis and
the evaluation to come is the clarification of the
technical terminology involved. The success of the
project necessitates exact definitions at the beginning,
whereby of course these depend on the state of research.
A challenging factor in the case of research into historic
roof structures are the very different terms and
explanatory models traditionally used in different
regions, which have to be brought together. A certain
variety in synonyms and analytical models will
unavoidably remain.
Unequivocal terms for constructive components, joints,
construction types and roof forms (types) are necessary
in the roof register. The present project has two aims in
this regard: On the one hand, to work with the
terminologies most recently employed, in order to
guarantee the comparability of the results, and, on the
other, their extension to include Austrian phenomena.
Historic terminology is inescapably connected to
regional building traditions and its discovery is part of
the history of building technology. Meisel 2015 [9],
which includes first synonyms for Eastern Austrian
terms, is followed when naming individual construction
parts. Joints and connections are portrayed in great detail
in Eißing 2012 [4], which is a very good basis.
Construction types also follow Meisel’s basic system.
Roof forms are named according to Koepf’s
“Bildwörterbuch der Architektur“. Some terms for
Viennese variations of roofs with digs (“Grabendächer”)
are taken from Friedl 1993 [5].

Figure 5: View through Griechengasse of the house complex
Fleischmarkt 11, with what appears to be the oldest surviving
roof structure in the historic centre, 2015 (BDA Liebich)

Figure 6: The badly damaged building Am Hof on 19 July
1946 (BDA Photo archive)

Figure 7: Detailed drawing from Baudouin, Vienna 19061908, Tafel 10 / Reprint 1998, S.20 [1]
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5 ROOF COVERING

6 ROOF FORMS

Roof form and roof covering play an important role,
alongside construction type, in the study of roofs. There
is a close relationship between form and function in
every roof. Either the formal design or the intended
introduction of technical innovations could play the
leading role in an architectonic plan.
Knowledge about the original roof covering is important
when interpreting the roof construction and the load for
which it was built. Roof covering progresses historically
from soft to hard coverings, that is from thatch through
wood to tile and stone, sometimes to metal coverings,
and finally to artificial materials such as fibre cement.
Fireproof materials were compulsory as early as the 18th
century in order to prevent city fires and are part of the
origin of Viennese building regulations. No wooden roof
coverings are known to have survived in the Vienna city
centre to date, but they could survive under younger
coverings, as an example from the 2nd district shows
(Fig. 8). Archive photos of Naglergasse also illustrate the
historical development of roof covering (Fig. 9). In
them, Naglergasse 17 is still covered with wooden
shingles everywhere apart from the edges of the roof,
while the neighbouring building has a covering of tiles in
the rectangular form known as the “Wiener Tasche”.

In the historic centre of Vienna the surviving roof forms,
themselves a product of the construction types used, can
be divided into three basic types: saddleback, 0-shaped
and mansard roofs.

Figure 10: Roof forms
Left-hand column – saddleback roofs
Top: steep saddleback roofs, 50-70°
Centre: saddleback roofs, 40-50°
Bottom: flat saddleback roofs, 20-40°
Central column – dip roofs
Top: parallel roofs
Centre: simple 0-shaped roof (Firstgrabendach)
Bottom: double 0-shaped roof (Doppelfirstgrabendach)
Right-hand column – mansard roofs
Top: simple mansard roof
Centre: 0-shaped mansard roof (Firstgrabenmansarddach)
Bottom: mansard roof with a triple slope

Figure 8: Detail of the tongue and groove wooden shingles,
which have survived over a large area beneath a recent
cement-asbestos covering. Haidgasse 6, 1020 Vienna, 2016
(BDA Liebich)

Figure 9: View of the roofscape of the buildings Naglergasse
15-21. In the centre of the picture is No. 17, scale photo 1940s
(BDA Photo Archive)

The simple saddleback roof is the most common type
among the 1,400 objects surveyed. It crops up in all
periods and can shelter very different constructions.
Shed roofs can be seen as halved variants of this type.
In Vienna, as elsewhere, there is a basis reduction in roof
pitch over time. The probably oldest roof includes angles
of up to 70° (Fig. 17), while Baroque roofs have an
average slope of 45°. Gründerzeit roofs with their purlin
constructions can be pitched as little as 20°. Recent roof
structures, which contribute to the restoration of the
city’s historic structure, are an exception. In such cases
modern systems are employed to reconstruct the former
roof shape. In a few rare cases, eclectic designs draw
upon traditional steep roof forms.
The second group of roofs, with a “roof dip”, is
definitely not the same as the typical dip roofs
(Grabendächer) of the burgher houses in the Inn-Salzach
area (western Austria), which are always surrounded by
a parapet and cannot be seen from street level [5]. The
Viennese streetscape, by contrast, was marked by rows
of narrow gable roofs, which then resembled dip roofs
(Fig. 11, 12). Parallel roofs have almost completely
disappeared today. They were destroyed during sieges or
by fire or were replaced by new stories due to the court
billeting system after 1563.
Two examples of this simple type are known at the
moment. The house Naglergasse 21 has a parallel roof,
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although the gables are hipped. The second example is
Weihburggasse 16 with a parallel roof, which is in this
case side-gabled. Here the two saddleback roofs are
connected by a thin passageway, which includes a door
enabling the maintenance of the roof dip. Dips parallel to
the street also occur in the typically Viennese 0shaped
roof (Fig. 10 central column, centre and bottom). 0
shaped roofs can occur with a single dip or a pair of dips.
The Old University is an example for such a double 0
shaped roof with two dips (Fig. 2 on the far left). In most
cases these roofs are hipped at the gable end.
The 0shaped mansard roof also belongs to the group of
Viennese roofs with dips. In this case a 0shaped roof
and a break of slope are combined. This was a type
which appears to have been common in Vienna, but
which is now only rarely preserved (Fig. 6).
The third group, that of mansard roofs, is not very
common in Vienna’s historic centre. It occurs in its
simple form above very small buildings, in which case it
was often historically living space. Larger objects often
feature a dip in the upper part of the roof, which serves
to reduce the interior space and the height of the ridge.
Only one example of a mansard roof with a triple slope
(Fig. 10 right column, bottom) has been found to date, in
the Herrengasse 9.

7 CONSTRUCTION TYPES
A first overview of the construction types is possible
with the help of the archive material gathered. The
drawings shown here were prepared by different people,
at different times and for different reasons. They will be
exactly checked in the second project phase. Details of
the joints are inadequately portrayed in almost all
drawings, for example, despite the fact that these are an
important part of the classification and dating of roof
structures. The roofs shown have been chosen as typical
examples in the history of building technology and
include roofs, which have been preserved, as well as
some which have been significantly changed or
destroyed.
Four basic types of construction will be discussed
initially here (7.1 – 7.4), in the knowledge that there are
also many special and mixed forms.
7.1 RAFTER ROOFS WITHOUT TRUSS
Untrussed roofs, that is constructions without principal
truss structures, occur above very small objects. These
are likely to be the oldest constructions, as for example
the buildings Am Gestade (Fig. 13, 14). Their state of
preservation will be investigated soon, as they may have
been completely replaced in the post-war period. The
long sprockets / aisle rafters are worthy of note in both
objects. They hint at later changes, such as roof
extensions or new façades. Typical collar beam roofs
covered the side wings of Kurrentgasse 6 (Fig. 15) and
appear to include lap joints. These roofs could
theoretically go back to the 17th century, but they were
converted and partly demolished several years ago and
can therefore no longer be re-examined. Another
example of a large roof without a truss system is
Löwelstraße 6 (Fig. 16), which dates somewhere
between the High Baroque period and 1829.
7.2 RAFTER ROOFS WITH VERTICAL TRUSS

th

Figure 11: The roofscape in the mid-17 century. View from
St. Stephens westwards towards the Hofburg. Part of the
bird’s-eye view by Hoefnagel, in a version c. 1640

Figure 12: House façades at Hoher Markt, engraving 1733,
Salomon Kleiner: Das barocke Wien in Stichen 1700 - 1761,
Reprint 1971

Standing roof trusses are very rare. They are some of the
rare structures which survive form the period before the
baroque building boom. To date, only one object is
known with certainty. The steep roof at Fleischmarkt
appears to have a single standing truss, each post having
two braces connected to the tie beam. The row of king
posts supports two longitudinal timbers. Carpentry joints
are not shown in this drawing so that it is not possible to
say how the roof actually worked. Long braces running
parallel to the rafters are a typical indication of a very
old roof structure. The roof is apparently still preserved
and is clearly an important object in the current research
phase. The very common double standing truss has only
been found pre-dating the Baroque period so far. The
example shown in Fig. 18 was chosen because lap joints
appear to be visible. The construction history of
Weihburggasse 16 as presently known points either to a
date in the early 17th century or to 1822. An attic
conversion thirty years ago also makes verification
difficult, if not impossible, in this case. Double standing
trusses experienced a brief return to popularity in the
classicist period. They were built again or were still
being built in early 19th century Vienna.
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RAFTER ROOFS WITHOUT TRUSS

Figure 13: Am Gestade 1, undated architectural drawing
(BDA Plan archive, Inv.-Nr. 1535)

RAFTER ROOFS WITH VERTICAL TRUSS

Figure 17: Fleischmarkt 11, undated architectural drawing
prob. after 1960 (BDA Plan archive, Inv.-Nr. 2581)

Figure 18: Weihburggasse 16, architectural drawing 1953
(BDA Plan archive, Inv.-Nr. 2683)

Figure 14: Am Gestade 5, architectural drawing 1955 (BDA
Plan archive, Inv.-Nr. 1352)

Figure 15: Kurrentgasse 6, architectural drawing 1948 (BDA
Plan archive, Inv.-Nr. 1663)

Figure 16: Löwelstraße 6, undated architectural drawing
prob. after 1960 (BDA Plan archive, Inv.-Nr. 2269)

RAFTER ROOFS WITH INCLINED TRUSS

Figure 19: Sonnenfelsgasse 17, architectural drawing 1952
(BDA Plan archive, Inv.-Nr. 1815)

Figure 20: Franziskanerplatz 5, Bauaufnahme 1959 (BDA
Planarchiv, Inv.-Nr. 2552)
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PURLIN ROOFS

Figure 21: Ledererhof 9, architectural drawing 1959 (BDA
Plan archive, Inv.-Nr. 2552)

Figure 22: Freyung 4, replacement plan 1987 (BDA Plan
archive, Inv.-Nr. 11637)

Figure 23: Schönlaterngasse 6, application plan 1921(BDA
Plan archive, Inv.-Nr. 3242)

Figure 24: Bäckerstraße 16, architectural drawing 1947(BDA
Plan archive, Inv.-Nr. 1305)

Figure 25: Judengasse 11, architectural drawing 1949 (BDA
Plan archive, Inv.-Nr. 2342)

Figure 26: Domgasse 4, architectural drawing 1953 (BDA
Plan archive, Inv.-Nr. 2160)

Figure 27: Hegelgasse 1, undated plan prob. before 1918
(BDA Plan archive, Inv.-Nr. 2127)

Figure 28: Himmelpfortgasse 6 -8, survey plan 1949 (BDA
Plan archive, Inv.-Nr. 27892)
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7.3 RAFTER ROOFS WITH INCLINED TRUSS

beginning of the 20th century. Yet the structure is largely
preserved, as possibly the last of its type.
There are not only 0shaped mansard roofs with a break
of slope, but, in a drawing of the house at Bäckerstraße
16, also a variant with continuous rafters at the same
pitch. The outer form of the roof is disguised by the long
sprockets, however. The roof presumably dates to the
heightening of the building in 1712 and may remain
unchanged.

Roof structures with inclined trusses are very common in
the historic city centre. They can be simple, but also very
complex. When this construction began is a very
important question, but the plan material gathered to date
does not provide an answer. At Sonnenfelsgasse 17 this
truss type appears to have been inserted into the roofs of
the side wings secondarily (Fig. 19). The inclined truss is
a considerable distance from the rafters. The apparently
original simple collar rafter roof is connected to the
collar and tie beams with lap joints and could therefore
be much older. Present knowledge of the construction
history cannot rule out a first phase at around 1600. The
roofs have been subjected to conversion work since the
1980s, however.
The house Franziskanerplatz 5, on the other hand has a
typically high rafter roof with inclined trusses in the
lower part of the roof (Fig. 20). All three levels are
connected by a central hanging post, which supports a
ridge purlin. Structures of this type are common in the
Baroque period and became increasingly sophisticated.
The hanging posts were later erected in pairs in order to
resist thrust and guarantee the symmetrical load transfer
of the load. The position of the straining beam varies in
the technical literature. It can anchor a central
longitudinal timber or lie directly beneath the collar
beam.
Mansard roofs also generally have inclined trusses in the
lower part of the roof. Ledererhof 9 could also be seen
as an untrussed roof with a break of slope, however, a
constructive differentiation which is very new in Vienna
(Fig. 21). Examples of characteristic simple mansard
roofs are relatively infrequent. The roof structure at
Freyung 4 is rare, but particularly representatively
designed (Fig. 22).
The 0shaped mansard roof, which was already
mentioned above, occurs in a few cases in Vienna, which
are always side-gabled (Fig. 6). Only one example of a
gable-ended roof of this type is known at the moment
and it could in fact be an untrussed roof with a break of
slope (Fig. 23). In this case, at Schönlaterngasse 6, the
two upper rafter roofs are hipped. The history of the
building tells us that the roof could date to before 1709
and that it was already subjected to conversion at the

The research project covers roofs right into the 20th
century i.e. it reaches for as long as wooden roof
structures were built. The post-war period was another
intensive construction phase (Fig. 28).

Figure 29: Michaelerplatz 2, 2016 (BDA Liebich)

Figure 30: Michaelerplatz 4, 2016 (BDA Liebich)

7.4 PURLIN ROOFS
The exact definition of a purlin roof is a difficult matter
in historical buildings research for three reasons: Firstly,
because combined constructions have existed for a long
time; secondly, because the plan material available often
makes an exact classification very difficult; thirdly,
because in building industry practice terms are often
used in an undifferentiated fashion.
Purlin roof frames occur occasionally throughout the
centuries. They can be combined with vertical (Fig. 25)
or inclined trusses (Fig. 26). The two examples shown
here probably date to the second half of the 18th century.
Purlin roofs became the standard construction method in
Vienna in the mid-19th century. They are the largest
group of roof constructions in the 1st district. This is due
above all to the Ringstraße project from 1860 onwards.
At first construction methods were tested which aimed to
save as much timber as possible, by resting the purlins
on massive central and traverse walls, but this method
did not catch on. Instead the use of complicated
standing, hanging or strutted wooden trusses continued.
In the historic centre these were often very steep, as they
were expected to conform to the streetscape. In the
Ringstraße zone, by contrast, there was a great deal of
experimentation in form [7]. The visible side of the roof
could be built in a pseudo-mansard form, for example,
but with a straight slope at the rear side (Fig. 27).
Despite the standardised construction activity employed
then many variations of this type can still be found.
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The normal erection of wooden roofs ended in the 1960s.
From then on existing roofs were generally converted to
full storeys or completely new rooftop storeys were
added. Ultimately, the roof as an area of transition
between outside and inside with all its technical and
structural peculiarities comes to an end in urban
architecture.

9 CONCLUSIONS
The Vienna roof register is a milestone in research into
historic buildings and will greatly improve our
knowledge of Vienna’s city centre.
For monuments professionals it will be an urgently
needed basis for decisions aimed at developing a
preservation strategy for roof structures.

8 ROOF CONVERSIONS
The future use of roof areas is crucial in deciding
whether or not the cultural heritage which wooden roof
structures represent will have a future. The use of roof
areas has always been an issue of course, but the extent
of the transformation which this involves varies
considerably (Fig. 29, 30). Historic pictures show roofs
with many openings for light and transport purposes.
They served storage areas or very simple living spaces,
which had to submit to the special conditions roof areas
brought with them. Modern conversions, on the other
hand, transform a roof into a full storey, often on several
levels. This is preceded by the demolition of the previous
structure, thus amounting to a completely new roof. The
arduous task of extending an existing roof is only
undertaken if the object is listed. Then, a permeable roof
covering resting on sloping timbers has to be
transformed into a fully functional outer wall.
In past centuries the surface of the roof was intensively
maintained. Old engravings repeatedly show ladders
needed for this constant care (Fig. 12, right-hand side).
These surfaces are still exposed to the elements today,
but “intelligent” conversion systems aim to prevent
damage in future. Ventilation, subsidiary layers,
insulation, waterproofing, installations and fire
protection material are installed below the skin of the
roof. In historic roof structures this complicated series of
layers is permeated by numerous constructive timbers
and is only very rarely possible without damage at some
point. Not only structural concerns but also statics, room
height, circulation, wheelchair access, emergency exits,
chimney cleaning, lighting and noise reduction all make
demands of the substance, so that an up-to-date
conversion compatible with conservation ultimately
becomes impossible. The monuments service aims to
hand on authentic roof structures to future generations.
This involving upholding the exterior appearance of the
object, preservation of the greater part of the roof
structure in situ and of its living presence in the attic
area, and also its actual purpose as a loadbearing
construction.
Seventy per cent of roofs in the Vienna’s city centre
have now been subject to conversion. This has gone so
far, that for certain periods only solitary roofs have
survived unchanged. The work of classification now
taking place means that many roof types are likely to be
subdivided into further categories. Thus it is likely that
some special constructions may have ceased to exist
altogether.
That “continuous change” nevertheless has to respect the
existing substance was an important part of the
conference “The Charter of Venice – 50 Years on” [3].
The roof register now clearly shows that there is an
urgent need for action.
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THE HISTORIC ROOF STRUCTURES OF THE VIENNA HOFBURG: AN
INNOVATIVE INTERDISCIPLINARY APPROACH IN ARCHITECTURAL
SCIENCES LAYING GROUND FOR STRUCTURAL MODELING
Gerold Eßer1, Gudrun Styhler-Aydın2, Georg Hochreiner3
ABSTRACT: This paper presents an academic project dealing with the documentation and historical research of the
hitherto completely unexplored wooden roof structures of the Imperial Palace in Vienna, the Vienna Hofburg. One of
the main results of this research is that the history of these constructions can be defined as a case study which is part of
a more general history of the development of roof structure typologies in secular buildings in Austria starting from the
late middle ages until the early 20th century. The interdisciplinary collaboration between architects and structural
engineers, focusing on construction techniques and mechanical behavior, explored the history of the roofs of the Vienna
Hofburg and also raised new and interesting research questions. It is thought that this innovative interdisciplinary
approach will open up new research strategies for exploring the characteristics of historical wooden roof structures in
general.

KEYWORDS: Historic Roof Structures, Deformation-accurate Survey, Building Archaeology, Vienna Hofburg

1 INTRODUCTION 123
Until recently, the historic roof structures of the Vienna
Imperial Palace, the Vienna Hofburg, remained largely
unexplored. (Fig. 1) However, since 2011, students and
experts of the Department of History of Architecture and
Building Archaeology of the Vienna University of
Technology, in cooperation with the Austrian Federal
Monuments Authority and the Austrian Academy of
Sciences, have been undertaking a systematic
documentation and historical analysis of these large roof
structures using detailed and deformation-accurate
survey methods. A number of papers have already been
published by the authors of this article to shed light on
particular constructions and singular aspects of the ongoing research. [1] [2] [3] [4] [6] [7]
The aim of the project is a complete recording of
geometrical, constructional and historical data of all roof
truss units of the Vienna Hofburg. While most of the
more than 50 trusses that can clearly be distinguished as
consistent structural units were built according to the
established rules and standards of historical carpentry,
seven truss units – two of the three cupolas facing
Michaelerplatz and the roof trusses of the Neue Burg and
1
Gerold Eßer, TU Wien, Department 251-1 History of
Architecture and Building Archaeology, Austria,
gerold.esser@tuwien.ac.at
2
Gudrun Styhler-Aydın, TU Wien, Austria,
gudrun.styhler@tuwien.ac.at
3
Georg Hochreiner, TU Wien, Austria,
georg.hochreiner@tuwien.ac.at

the International Congress Center at the Hofburg – were
erected as early iron constructions between the end of
the 19th century and the beginning of the 20th century.
The main focus of the project and of this paper is the
history and construction of the wooden trusses, which
actually reflect a significant development in structural
design, that starting around 1800 has been influenced by
modern engineering ideas.

Figure 1: Birds eye view of Vienna Hofburg, drawing by
Joseph Daniel Huber from 1778 (Österreichische Zeitschrift
für Kunst und Denkmalpflege, 1914, fig. 259)

The roof trusses of the Vienna Hofburg are commonly
characterized by the larger-than-average dimensions of
the structures with respect to their erection periods –
measurable in span and building volume. Most probably,
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this was due to the high expectations on the part of the
imperial contracting body in terms of the
representational aspects, stability and durability of the
built structures.
The outcome of the study will therefore show the
development of large and mostly secular roof structures
in Vienna, as exemplified by the trusses of the Vienna
Hofburg, dating from the medieval period (the oldest
roof structure of the complex was erected shortly after
1421) through the renaissance and baroque eras, up to
and including some roof trusses built in the early 20th
century.
Furthermore, the results dealing with the geometry and
construction history of the wooden roof structures form
the basis for material engineering and structural analysis,
conducted in close collaboration between all project
partners by members of the Institute for Mechanics of
Materials and Structures of the Vienna University of
Technology (see the paper by Hochreiner, Eßer and
Styhler-Aydın to this conference).
The project has a deliberately interdisciplinary approach,
which aims at a mutual and constant exchange of ideas
between project partners, focusing on questioning the
constructional evaluation and structural modeling of
single units with the aim of reconstructing their specific
building history and describing the development in time
of specific building typologies with respect to regional
and supra-regional optimization processes of roof
carpentry technology.
Working together on historic roof structures, a basic
language problem immediately proved to cause a lot of
misunderstanding: while architects and historians tend to
use the traditional vocabulary formed by carpenter`s
following their specific regional traditions in building,
engineers usually use a more generic terminology
focusing on the function of building elements in loadbearing systems. The problems even grew harder when
trying to translate constructional terms and concepts into
English. The authors apologize, if the process of
transferring has led to mistranslations or equivocalities
of any kind. In order to make things easier, the authors
decided to stick to the vocabulary displayed by Volmer
and Zimmermann in their very important and well done
glossary, [8] while adding the German word in brackets
when specific technical terms are introduced.

Figure 2: Vienna Hofburg, roof of `Winterreitschule´ during
building survey (foto by G. Eßer)

2.2 STANDARDIZED PLANNING RECORD
The main goal of the survey is a comprehensive, exact,
deformation-accurate
and
detailed
geometrical
representation in drawings including lists with special
features like the size of cross sections and textural
descriptions of the structural roof units. Particular
emphasis was placed on documenting the original
constructions, as data on the primary constructions
enables light to be shed on the state of technology in
carpentry at the time. Therefore, if possible, any
secondary alterations are highlighted at the time of
recording. The survey data are being compiled into a
standardized planning record combining drawings in
established scales.

2 ARCHITECTURAL DOCUMENTATION AND HISTORICAL ANALYSIS
2.1 BUILDING SURVEY
The basis for the historical analysis of the roof structures
is a deformation-accurate survey and detailed
documentation which is being elaborated by combining
innovative and traditional documentation techniques.
Tachymetry, 3-D laser scanning and hand-measurement
techniques are used and play an important role in
recording comprehensive geometrical data of the historic
wooden structures, according to the specific nature and
complexity of the linear wooden constructions and their
traditionally manufactured joints. (Fig. 2)

Figure 3: Vienna Hofburg, roof of chapel, transversal and
longitudinal sections and floorplan, original scale of drawings
1 to 50 (survey and drawings by U. Hermann, B. Knauer, M.
Slupetzky)
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As a rule, the basic geometrical documentation is
worked out as a deformation-accurate representation of
the structural system in a scale of 1 to 50 showing a
sector of the roof between two principal rafter trusses by
sectional drawings of the principal rafter truss
(Hauptgespärre),
the
paired
common
rafters
(Leergespärre) and one or more longitudinal sections of
the system. (Fig. 3) As a rule these are placed
immediately in front of the roof ridge plane (Firstebene)
and – if necessary – in front of the roof strengthening
plane (Stuhlebene). The regular transversal and
longitudinal sections are complemented by a complete
and also deformation-accurate representation of the roof
floor plan shown as a horizontal section placed
immediately above the tie-beam plane (Zerrbalken-/
Bundtramebene). When dealing with large roof trusses,
the representation of additional floor plans placed above
a collar plane (Kehlbalkenebene) can prove necessary.
Sectors of the roofs diverging from the regular systems,
such as roof hips (Dachwalm), are documented in the
same way.
This way of recording permits the documentation of the
regular systems, but it is worth noting that recorded
deviations from linear geometries cannot be copied to
comparable system components. Comprehensive lists of
system elements documenting standard dimensions of all
components are to be seen as substantial additions to the
drawings.

accompanied by textual descriptions of the
constructions.
The understanding of the functioning as global loadbearing systems with respect to the intended and/or
effective mechanical properties of the wooden (and
sometimes iron) joints is fostered by intensive visual
observation. That way, initial attempts can be made to
describe the static behavior of the roof trusses.
2.4 CARPENTER`S MARKS
The graphic representation of the constructions is
supplemented by the documentation of further findings,
which can contain important reference data on the
erection processes and building phases as well as on any
secondary adaptions and repairs.
In this sense, the systematic recording of carpenter’s
marks will usually constitute a valid basis for reflections
regarding planning and fabrication processes. (Fig. 5)

Figure 5: Capenter`s marks at roof of Hofburg chapel (foto by
M. Slupetzky)

Figure 4: Vienna Hofburg, Ceremonial Hall, documentation
of wooden joints (survey and drawings by M. Huber, D.
Mimlich, V. Spatariu, M. Zier)

2.3 JOINTS
The detailed representation of the structural joints is
embedded into the graphic description (Fig. 4) as only
the specific context of the exact form of the wooden
joints will foster an in-depth understanding of how they
work. The joints are included into the drawings in a scale
of 1 to 50, with a detailed and comprehensive description
including hidden element edges. For this, it is
indispensable to have a detailed drawing of the joints in
smaller scale – e.g. 1 to 10. 3-D drawings of the joints
that can also be executed as assembly drawings are
reliable evidence of the exact form of the wooden joints.
The graphic documentation of the roof structures is

For instance, the documentation of a generally
numerically ordered system of marks can help to
differentiate relevant subsections of the roofs (subunits
contracted to different firms or executed by different
working teams), building phases or buildings periods
(sections erected at different times). The systems of
carpenter’s marks usually contain important information
about consistently prefabricated subunits as well as the
order and direction established while erecting the
structures on the site. In particular, the more complex
structures that are usually characterized by a certain
number of stories and superimposing subsystems of
load-bearing elements frequently show complex systems
of carpenter’s marks that are organized in multiple
subcategories. Conversely, in the case of consistently
executed systems of marks, missing labeling of certain
elements or element groups can help to identify elements
that were replaced or added later, thus providing clues as
to subsequent repairs or alterations to the roofs.
All carpenter’s marks are inscribed by element into the
graphic documentation using ground plans and vertical
sections. (Fig. 6) Furthermore, the sides of all transversal
units (principal rafter trusses and paired common rafters)
that lay upside while being manufactured on the
horizontal plane (Zulage) of the carpenter’s yard are
introduced into the as-built drawings – especially into
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the ground plans – as they contain information about the
planning process and the management on the building
site. In addition, the color, structure and type of wood
the mounted pieces are made of, as well as the surface
structure bearing the traces of the carpenters’ tools were
carefully observed, recorded and accurately introduced
into the graphic documentation.

elements. The testing was performed by experts from the
University of Natural Resources and Life Sciences
Vienna. This internationally-accepted and renowned
method, which is based on a comparison of the thickness
of the growth rings of in-built elements with
standardized calibration curves, enables the felling date
of the wooden beams to be determined, if the last growth
year rings of the elements have been preserved. This
contributed to the definition and description of the
original roof systems and – with the help of historical
documentation and interpretation – was able to place the
erection of examined constructions in a chronological
context, fixing them in time. (Fig. 7)

3 RESULTS

Figure 6: Vienna Hofburg, roof of chapel, floor plan with
carpenter`s marks (survey and drawing by U. Hermann, B.
Knauer, M. Slupetzky

The above-mentioned aspects – carpenter’s marks, type
of wood and working of the elements – constitute basic
characteristics which permit differentiation between
primary elements of the original structures and
secondary elements that should be assigned to later
building phases. Also re-used wooden elements
stemming from older, demolished constructions
(recognizable by traces of joints which are no longer
used) are checked whether they belong to the primary
system or not.

Figure 7: Results of dendrochronological research of the roof
of Hofburg chapel, representation in relation to some of the
structural elements (survey and drawings by U. Hermann, B.
Knauer, M. Slupetzky, dendrochronological research by M.
Grabner)

2.5 DENDROCHRONOLOGY
Where the aim was to differentiate between the original
roof unit and secondary additions or adaptions, a
valuable scientific timber-dating method called
dendrochronology was used to date the wooden

Five years of research-oriented teaching have resulted in
the architectural documentation of 30 of the 40 main
wooden roof structure units of the Vienna Hofburg that
have been selected for the project. Furthermore, 9 of
these units have undergone further analysis by the
project partners, structural engineers from the Institute
for Mechanics of Materials and Structures of Vienna
University of Technology.
3.1 GEOMETRIC 3-D MODELS OF ORIGINAL
ROOF STRUCTURES
The holistic observation, inspection and documentation
of the as-built structures, including results from
constructional, historical and natural sciences, permits
the reconstruction of the original structures in 3-D CAD
models that constitute important intermediate results.
(Fig. 8)

Figure 8: Vienna Hofburg, 3d modell of the roof of
Ceremonial Hall showing selected stages of the erection
process (survey and drawings by M. Huber, D. Mimlich, V.
Spatariu, M. Zier)

These models allowed us to:
1. Construct integrated stereoscopic views of the
construction systems to support a research
thesis about the stock and bearing behavior of
the original roof systems before handing over
the data to the engineers.
2. Test assumptions about the erection process by
being able to group the elements in layers.
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The documentation of the roof systems in the form of 2D plan records of the as-built structures and multiphased 3-D models of the reconstructed primary erection
phases – including the results of the dendrochronological
research and investigation in historical archives about
building contracts and the building trade in general –
allowed us to establish reliable relative and absolute
chronologies of the historical roof trusses. This
documentation and recording of all the wooden roof
systems of the Vienna Hofburg resulted in a
chronological view of both primary constructions and
secondary adaptions and it therefore assists us to
reconstruct the development of the different specific
levels of knowledge of carpentry of the building firms
contracted by the emperor. Importantly, it also allows a
preliminary integration of the documented wooden
structures into the overall body of research on the
development of roof systems in Central Europe.
The accurate geometrical and historical analysis and
documentation was then handed over to structural
engineers as a sound basis for numerical modeling
leading not only to accurate descriptions of the static
behavior of the structures, but also enabling further
issues of historical research to be addressed.

3.2.2 Baroque scheme of 17th to 19th century
In the largest group of 25 roof trusses, whose
construction spans the period from the second third of
the 17th century – the earliest roof of this group is the
roof of the Imperial Stables (`Stallburg´) dating from
1637 (d) – to the middle of the 19th century, we find
constructions that follow a classical baroque scheme of
rafter double roofs with inclined roof strengthenings
(Sparrendächer mit liegenden Stuhlkonstruktionen), one
or two stories high, again mostly combined with hanging
king struts. (Fig. 9, 10, 15)

3.2 CHRONOLOGICAL SEQUENCE OF CONSTRUCTION TYPOLOGIES
The following sub-chapters aim at giving a first
overview on the chronological development of
construction typologies present in the roof structures of
Vienna Hofburg as a result of the architectural
documentation and historical analysis.
3.2.1 Medieval constructions
The four medieval constructions encountered – the roof
of the Hofburg Chapel from 1421 (d) and three roof units
of St. Michael’s church from 1525 (d) – are rafter roofs
(Sparrendächer) with double standing trusses (doppelt
stehende Stuhlkonstruktionen) in one or two stories
combined with hanging king struts (Firstsäulen). (Figs.
3, 5, 6, 7, 14, 16)

Figure 10: Leopoldine Wing, roof of the baroque type with
inclined strengthenings in two storeys (survey and drawing by
S. Aj, S. Mallikarmal, J. Jiawei, A. Serebryakov, E. Serenelli, S.
Xiao)

3.2.3 M-shaped roof constructions
An elaborated sub-group of the baroque type is
constituted by three M-shaped roofs (Grabendächer).
The roofs are crowned by ‘roof ditches’ formed by
triangular constructions placed side by side (Fig. 10): the
roof of the “Leopoldine Wing” (`Leopoldinertrakt´) from
1674 (d), the roof of the South-East Wing of the socalled “Swiss Court” (`Schweizerhof´) from 1698 (d)
and finally, the roof fragment preserved in the area of the
former “Childrens’ Wing” (`Kindertrakt´) from 1748 (d),
which belongs to the type of a bi-directionally spanned
framework (Raumfachwerk).
3.2.4 Complex structures of the 18th - 19th century
Some of the most imposing structures from the 18th and
19th centuries – such as the roofs of the Winter Riding
School (`Winterreitschule´) dating to 1732 (d), the
Ceremonial Hall (`Zeremoniensaal´) dating to 1803 (d),
and the nave of St. Augustine’s Church dating to 1848 –
experiment with introducing strut frames (Sprengwerke),
hanging trusses (Hängewerke) or hanging and strutted
frames (Hänge-Sprengwerke) into the multi-storied roofs
still using inclined – and in some rare cases – standing
roof strengthenings as basic elements. (Figs. 2, 4, 8, 11,
12, 13)

Figure 9: Schweizerhof, North-East-Wing, roof of the baroque
type with inclined strengthenings in two storeys (survey and
drawing by M. S. Haslehner) [5]
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By contrast, the roofs of the dominant group of baroque
and late-baroque collar-beam roofs (Kehlbalkendächer)
erected in the period between the 17th and 19th centuries
exhibit greater basic widths – between 9.50 meters and
20.0 meters – but less steep inclinations, of between 40
and 58 degrees –resulting in lesser heights, of between
about 6 meters for the smaller roofs and 9.50 meters for
the bigger roofs.
The largest roof constructions of the Vienna Hofburg
exhibit basic widths over 20 meters: 25.20 meters for the
Winter Riding School, 21.36 meters for the Ceremonial
Hall, 20.95 meters for the Leopoldine Wing and 20.11
meters for the roof of St. Augustine’s Church while
preserving an inclination of between 36 and 56 degrees.
Figure 11: Roof of Winterreitschule, transversal section of
main truss with the display of subunits (survey and drawing by
G. Castellari, G. Chung, D. Kuletskaya, V. Lintner, Y.
Obojkovits)

3.2.5 Purlin roofs around 1900
Only at the end of the 19th century did the transition to
the modern basic type of side purlin roof (Pfettendach) –
as exemplified by the roof structure of the Festival Hall
Wing (`Festsaaltrakt´) dating to 1910-1923 – become a
marginal part of the roof typology of the Vienna
Hofburg.

3.3.2 Multi story structures
The large majority of the roofs are subdivided into three
vertically-arranged stories. Only a small number of
constructions – with roof triangle heights of between 4.0
and 9.0 meters – extend over two stories, while two of
the large constructions (the Ceremonial Hall and St.
Augustine’s Church) are in the group of roofs with fourstory roof trusses. (Fig. 12)

3.2.6 Single pitch roofs
Alongside the dominant group of structures built in the
form of gabled or double-pitch roofs (Satteldach), we
can also find some special constructions. Most of them
belong to the single-pitch roof type (Pultdach), as
exemplified by the four examples of the roofs erected in
the years 1819 to 1839 that cover the side aisles and side
choirs of St. Michael’s church.
3.2.7 Cupola constructions
There are also two other wooden cupola-like
constructions: the small southern cupola at
Michaelerplatz that was added to the roof of the Winter
Riding School shortly after 1732 (d) and the prismatic
mansard roof dating to 1848 (d) which covers the central
dome of the Imperial Library (`Hofbibliothek´) at
Josefsplatz.
3.3 TYPOLOGICAL DEVELOPMENT
A chronology-based matrix of benchmark data and
technical aspects of the roofs examined in the project
shows in detail the typological development of the
constructions at the Vienna Hofburg.
3.3.1 Basic width and roof pitch
It immediately becomes clear that (apart from some
minor later examples) the four medieval roof structures
exhibit relatively narrow basic widths (Basisbreite) –
between 10.90 meters and 11.80 meters – while
exhibiting the steepest roofs – between 61 and 64
degrees – of the units studied. This results in comparably
significant heights of the structures of between 10.15 and
11.62 meters, measured from the roof ridge down to the
bottom edge of the tie-beam.

Figure 12: Ceremonial Hall, transversal section of main truss
(survey and drawings by M. Huber, D. Mimlich, V. Spatariu,
M. Zier)

3.3.3 King struts
Reading the construction of the king struts (Firstsäulen)
reveals a specific development in building technology:
while five of the early roof trusses (the latest being the
roof truss of the three main wings of the Imperial Stables
dating to 1637 (d) – exhibit single king struts reaching
from the tie-beam up to the roof ridge – and these are
severely weakened by 50 percent at the intersections
with horizontal beams (tie-beam and collars) – in the
third third of the 17th century, the placement of double
king struts in large roof constructions became standard
practice.
With the erection of the roof truss of `Winterreitschule´
around 1732 (d), the possibilities for reducing the
weakening of intersecting elements were further
expanded: not only were double king struts positioned at
intervals in three places of the principal trusses side by
side (two of them serve to support a heavy stuccoed
ceiling), but in addition, the two-story high frame
elements to hold these king struts (formed by inclined
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inner braces combined with collars as shown in blue
color in fig. 11) were realized the same way, as twin
elements. (Fig. 13) Examples of this constructional high
point are the two late, richly-decorated king struts – each
composed of four elements – of the Augustine Wing and
the south wing of the Imperial Library at Josefsplatz –
both dating to 1848 (d).

Figure 13: `Winterreitschule´, complex intersection of twin
elements: doubled columns, collars and braces (foto by G.
Eßer)

3.3.4 Longitudinal stiffening
Another aspect that illustrates the evolution of building
technology in carpentry is connected with the
constructional systems that serve as longitudinal
stiffening for the roof trusses. In the medieval examples,
this is achieved by a combination of wind braces
(Kopfbänder) and passing braces (Steigbänder)
introduced into the standing roof strengthenings and
some additional elements inserted into the roof ridge
plane – as exemplified by the highly-effective two-storyhigh scissor braces (Scherenstreben) of St. Michael’s
church, dating from 1525 (d). (Fig. 14)

of the Ceremonial Hall dating to 1803 (d) shows
additional stiffening elements in the plane of the roof
ridge.
3.3.5 Transversal stiffening systems
At the same time, the inclined roof pitches of the gable
roofs – and in some cases of the mansard roofs – offer
valuable possibilities for shaping transversal stiffening
systems. Remarkably, the medieval roofs of the whole
group preserve multi-story high inner diagonal struts
parallel to the rafters (sparrenparallele Streben), thus
managing to transmit a part of the roof loads into the tiebeams close to the mural crown. (Figs. 3, 7) With the
advent of inclined roof strengthenings – which in our
group appear only in the second third of the 17th century
– these effective subsystems were completely replaced.
The short principals (liegende Stuhlsäulen) rigidly
mounted to the lower collars (Druckriegel) by short
bracings (Kopfbänder) and directly or indirectly – with
the help of sills (Stuhlschwellen) – fixed to the ends of
the tie-beam, now constitute the completely stiffened
inclined frames that can be introduced, if necessary, into
storied roof trusses. (Figs. 9, 10) Only the two large-span
and relatively late constructions of the `Winterreitschule´
and the Ceremonial Hall because of their complex
blending of load-bearing subsystems develop innovative
options of multi-storied stiffening systems. Given the
experimental character of these constructions in the
context of the roof structures examined, these have to be
considered as one-off solutions. (Figs. 4, 8, 11, 12)
3.3.6 Primary and secondary roof trusses
With regard to the question of an alteration of primary
(principal roof trusses) and secondary roof trusses
(paired common rafters), all objects studied exhibit
remarkable similarities: the majority of the examples
between two principal roof trusses show three paired
common rafters (rhythm 1 + 3). This sequence is to be
understood as a timeless standard in the Vienna Hofburg.
(Fig. 15)

Figure 14: St. Michael`s church, effective longitudinal
stiffening system formed by scissor braces (survey and drawing
by J. Albrecht, D. Berl, J. Brunner, C. Fuger, D. Honeder, B.
Ponsold, B. Wolf)

However, later examples, from between the 17th and 19th
centuries (with only one exception) arrange their
longitudinal stiffening using wind braces inserted into
the plane of the inclined roof strengthenings directly
under the roof pitch. Again, only the complex roof truss

Figure 15: Schweizerhof, North-West-Wing, roof of the
baroque type showing three secondary pairs of rafters between
main roof trusses (survey and drawing by M. S. Haslehner) [5]

It can be varied in detail – if the length of the building
calls for it – by introducing single sectors of two or four
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paired common rafters placed between principal roof
trusses. Only in two examples – the medieval roof of the
Hofburg Chapel and the baroque bidirectional
framework preserved in the area of the former Children’s
Wing (`Kindertrakt´) – as a rule, one principal roof truss
is regularly followed by four paired common rafters.
3.3.7 Tie beams
In the period covered by our research, the optimized
application of tie-beams cannot be considered to be the
result of a time-bound technological development. A
closer look reveals that a slight tendency towards the
exclusive use of tie-beams only in the plane of primary
roof trusses – while not using them in the planes of
paired common rafters – can be detected at all times. But
this minor predominance does not develop over time.
(Figs. 14, 15)

Figure 16: St. Michael`s church, floor plan showing tie-beams
only in correspondence with principal trusses (survey and
drawing by J. Albrecht, D. Berl, J. Brunner, C. Fuger, D.
Honeder, B. Ponsold, B. Wolf)

3.4 EXTENDING THE VIEW ON HISTORIC
ROOFS THROUGH AN INTERDISCIPLINARY APPROACH
The adaptation of innovative documentation techniques
to the field of wooden roof structures can be seen as an
important result of the study as it serves as a sound basis
for the analytical work of both architects and engineers.
Moreover, the interdisciplinary approach proved very
successful, leading to efficient, synergistic cooperation
between architects and engineers. The extension of the
historic roof structure analyses by structural assessment
enables further insights into historic carpentry and there
is a great potential of enriching studies related to
construction history.
3.4.1 Aspects of structural analysis
For the structural assessment calculations, the
geometrical survey data are used to prepare a numerical
3-D model beginning with a reconstruction of the
original structural concept of the roof. During this
process, the initial structural system as well as changes
or additions to the structure in later periods can be
evaluated.
Furthermore – especially when dealing with complex
roof structures – possible intermediate stages of

assembly during the building process and the use of
temporary structural subsystems can be numerically
tested and described according to their load-bearing
function. Here, the structural 3-D modeling process
comes very close to the realistic conditions and
challenges (or complications) faced by the carpenters
during the assembly of the roof structures and allows a
deeper understanding of the construction process on site.
In comparison with written sources on historic carpentry,
new light can be shed on the historic construction
process.
The structural modeling also focuses on additional
details of the roof construction, to be assessed and
documented by an extended set of engineering survey
techniques, which affect the transmission of forces in the
structural system: for instance, crack formations,
degradation of cross sections due to moisture, the quality
of manufacturing and status of joints, either still working
or already failed. This enables a comparison of the
planned load-bearing system of the roof structure as it is
described by architectural survey and the effective flow
of forces.
3.4.2 Feedback from the engineers
By numerical modelling, the evolution and transition
from initial linearly allocated and self-organizing 2-D
structural systems to spatial 3-D structures, working in
both longitudinal and transversal direction, can perfectly
be analyzed and demonstrated.
Another field for numerical examination are unexpected
deviations from traditional and approved structural units
reflecting the skill of the designers to handle constraints
like e.g. financial or geometrical restrictions. Even the
availability or shortcoming of materials and structural
members with respect to size and cross sections often
had an impact on the final version of the design.
Finally, the structural assessment of the roof structures
of the Vienna Hofburg enabled the identification of
structurally inadequate solutions and their comparison
with similar structures of the same period. By parallel
numerical modelling of alternative structural systems
and variation of parameters concerning the settings for
joints and structural members, the misuse of approved
structural systems, mainly designed for symmetrical
loading without any resulting horizontal reaction forces
can be highlighted. Only by conceptual truncation to half
frame systems, now horizontal reaction forces are
induced and need alternative force transmission paths.
[7] This is true for example, for the ‘half frame’
geometries of the apsis structures in hipped roofs often
used in baroque carpentry. Here, the collaboration
between architects and structural engineers opens up
opportunities for the study of structural aspects and
comprehension of historic carpentry.
To sum up, the interdisciplinary approach in the field of
historic roof structure research sheds new light on old
and new issues of interest for both construction history
and structural modeling. [7]
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4 CONCLUSIONS
The architectural and constructional documentation and
detailed historical analysis of historic roof structures
continue to provide valuable in-depth insights into the
development of the expertise of craftsmen with respect
to engineering aspects.
The on-going exchange between all partners in terms of
the results of various analyses is an integral part of the
interdisciplinary approach of this project, which thus
enables a synoptic view of a relatively homogeneous
group of large, solidly-constructed roof structures, some
of which were innovative for their time. The examples
examined are all fruit of the commitments of wealthy
patrons whose main interest was to realize representative
and durable constructions with above-average spans.
At the same time, from the point of view of statistical
relevance, this study covers a significant number of 40
distinct roof units of Vienna Hofburg, thus enabling the
results to be included into the broader cultural and
historical context and body of knowledge on the
planning and execution of prestigious building works in
Vienna and its immediate surroundings. The roof
documentations of the Vienna Hofburg can therefore be
inserted into a more general time-bound typology of roof
constructions that in the future will constitute a firm
foundation for a body of knowledge on historical roof
truss constructions in Eastern Austria and the adjoining
regions.
Another added-value aspect of the project is that it goes
beyond simply showing the typological sequence
through representations of the primary and secondary
transversal sections of the trusses, as was the standard in
the past: the recording and documentation strategy used
provides a detailed yet holistic spatial consideration of
the constructive systems including the wooden joints.
This enables the project to make well-founded
recommendations for a sustainable conservation of the
roof structures of the Vienna Hofburg, a national
monument and part of Vienna’s World Heritage,
recommendations based on in-depth knowledge about
both the material itself and its structural behavior.
Further important information gained by mechanical
assessments can be used in future activities to preserve
the historic roof structures using minimal and sustainable
structural interventions and respecting the original
technology, in accordance with current monument
protection guidelines.
Last but not least, the project’s combination of research
and academic teaching in collaboration with other
academic and non-academic partner institutions resulted
in an effective dissemination of ideas and results to
experts and the public alike.
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Studies on the wood corrosion on a historic glulam-construction
Wolfgang Rug1, Gunter Linke2, Angelika Lißner3
ABSTRACT: The exposure to chemically-aggressive media causes a structural modification of wooden members. The
related mechanisms are called wood corrosion. The subject of the studies was an approximately 100 year’s old
warehouse, which was executed as HETZER-construction and has been used as storage for potassium salt. The
assessment of the degree of modification and the evaluation of the strength reduction was the aim of the studies. Test on
the strength as well as chemical analyses have been carried out. The results showed a clearly visible modification of the
examined material due to the exposure to the salts. This was recognizable by the superficial macroscopic modifications
as well as by a reduction in the strength of the material in the periphery of the cross-section.
KEYWORDS: wood corrosion, chemically-aggressive media, Otto Hetzer, glulam, Dynstat-method

1 INTRODUCTION 123
The invention of the glued laminated timber by Otto
Hetzer in the early 20th century allowed the building
wide-spanning constructions [2]. Amongst others halls in
the fertilizer and potassium salt industry were erected by
the use of this construction method, which is proven
until today by several preserved buildings (see also
www.otto-hetzer.de).
However, this field of application subjects the building
material wood to particular environmental conditions
[6]. For example, the production processes as well as
stored substances are releasing chemically-aggressive
media, which can cause irreversible structural
modifications of the wooden members.
The modification of the wood due to chemicallyaggressive media is not taken into consideration in the
static calculations according the currently valid version
of the Eurocode 5 [7]. Some suggestions concerning this
problem are listed in [6].
Though, the knowledge of the degree of the modification
is a significant requirement for static calculations
concerning the load bearing capacity.

The wood corrosion is a structural damage beginning on
the surface, which is caused by chemical and physical
reactions. These reactions are caused in particular by
strong acidic and strong alkaline media (pH ≤ 2
respectively pH ≥11).
If there are salts involved, the cell structure is destroyed
by crystallization processes. The lignin and the
hemicelluloses are degradated due to hydrolytic splitting.
The in the individual case present destructive mechanism
is dependent on the type of the impacting media. This
fact is a result of numerous investigations on timber
constructions additionally stressed due to chemicallyaggressive media.
The level of the destruction depends on the several
aspects. These aspects could also be called a corrosion
system, which is depicted in Figure 1.

2 WOOD CORROSION
Due to its chemical balance wood has a high resistance
against chemically-aggressive media. If the correct
environmental conditions are present, the wooden
members will be subjected to corrosion [6].
1
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Figure 1: schematic depiction of the wood corrosion
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On a large amount of the so far observed constructions it
was determined that the destruction of the wood
structure is limited to the cross-section near the surface.
This destruction is visible by a greyish-brown
discolouration and a fibrous surface structure. In some
cases the separation of whole strips of wood along the
annual ring limits was observed. Furthermore, the
peripherical cross-section shows a reduction of the
strength as well as an increased density. In the inner
cross-section there is no such strength reduction.
Glued laminated timber has a higher resistance
concerning the wood corrosion as long as large, compact
members are used and no large shrinkage cracks are
appearing. Furthermore, the type of glue significantly
influences the resistance against chemically-aggressive
media.

3 SUBJECT AND AIM OF THE STUDY
The effect of the salts on the load bearing capacity of the
historic glued laminated timber has been examined in the
course of material tests [1]. The main focus laid on tests
with the Dynstat-method as well as on chemical analyses
concerning the salt content.
The results of this technical material study should be
used as basis for future investigations concerning the
structural stability of existing glued laminated timber
constructions which are additionally stressed by
chemically-aggressive media.
The subject of the study was a warehouse which was
erected in 1912 by the use of the HETZER-construction
method. The load-bearing structure of the warehouse
consisted of eleven parabolic trusses made from glued
laminated timber according to the patent DRP. 197773
[5]. The trusses (wood species: spruce) had a double-T
cross-section (see Figures 2 & 3).

Figure 3: sectional view A-A of the truss construction – 1: top
chord; 2: web; 3: solid wood bracing; 4: bottom chord (all
dimensions in mm)

The sample material had clearly visible marks of
corrosion. The surface was greyish-brown discoloured
and fibrous. The discolouration reached a depth of 2025mm from the surface. Furthermore, the already
mentioned separation of wooden strips could also be
found. The Figures 4 and 5 are showing the macroscopic
appearance of the sample material exemplarily.

Figure 2: view on the truss construction; the examined section
is marked in red

After the demolition of the ware house in April 2010
several parts of the construction have been transferred to
the University of Applied Sciences, Eberswalde/
Germany (HNE Eberswalde) to carry out technical
studies on the wooden members.

Figure 4: top: fibrous surface structure and greyish
discolouration as well as salt deposits on the bottom chord;
bottom: sectional view on a chord and the web (the borders of
the discolouration are marked in red)
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4.2 STRENGTH TESTS WITH THE DYNSTATMETHOD
Figure 5: discolouration of the peripherical cross-section,
shown on a bar-shaped sample from a chord lamella (the
discoloured area is crosshatched in red)

4 RESEARCH METHODOLOGY
4.1 SAMPLE EXTRACTION
The extraction of the samples was limited to an area of a
length of approx. 1,50m near the support of the truss (see
Figure 2). The observed part of the truss has shown the
clearest corrosion marks of all the available truss
fragments. This can be explained by the direct contact
between the salt and the wooden members during the
service life of the warehouse.
Bar-shaped samples with a cross-section of b/h =
10/15mm and a length of ℓ = 65mm (web) respectively
205mm (chords) have been extracted from each lamella
of the chords and the web of the truss. The sample
extraction included every lamella of the observed truss
fragment. In total 60 bar-shaped samples have been
extracted – 30 samples from the cords and 30 samples
from the web.
These bar-shaped samples have been cut into
approximately 4mm thick disc-shaped Dynstat specimen
along the longitudinal direction of the sample (see Figure
6). In this way, it was possible to create depth profiles
which cover the whole length of the samples.

The remaining strength of the material has been
determined by flexural tests with the Dynstat-method
according to DIN 53435:1983 [9] respectively. TGL 1204/8:1965 [10]. In the nowadays valid version of the
test specifications [9] the application of the Dynstatmethod is restricted for the test of plastic materials.
Studies [11] have proven the principally applicability of
this test method for technical studies on wood. This
applies especially for the material-saving determination
of the material properties and the development of
strength profiles along the width respectively the height
of the cross-section.
The specimens have been loaded with a continuous rate
of deformation until a failure occurred. The test setup is
depicted in Figure 7.

Figure 7: test setup of the Dynstat-method – 1: specimen; 2:
rotation axis; 3: bending support (r = 0,5mm); 4: bending
blade (r = 0,5mm)

The test apparatus used is shown in the Figures 8 and 9.

Figure 6: top: schematic depiction of the specimen cutting;
bottom: separation of a bar-shaped sample into disc-shaped
specimen at the example of a sample from a chord lamella

Each sample from the trusses web was cut into fourteen
disc-shaped specimens. The samples from the chord
lamellas were divided into 44 disc-shaped specimens
each. In total 1740 specimen were cut from the overall
60 samples as shown below.
Sample series „chord“:
30 samples with 44 specimen

1320 specimen

Sample series „web“:
30 samples with 14 specimen

420 specimen

Figure 8: Dynstat apparatus (type Dys-e 9303)

WCTE 2016 e-book | 3051

Figure 10: test configuration for the flexural test on barshaped, defect-free specimen according to DIN 52186:1978
[12]
Figure 9: specimen in the test apparatus during the test

The flexural tests were accompanied by the
determination of the density according DIN 52182:1976
[12] and the wood moisture according DIN EN 131831:2002 [13] by the determination of the dimensions and
the weight of the conditioned specimen (υ = 20°C and
φ = 65%) as well as in dry state.
4.3 CHEMICAL ANALYSIS OF THE SALT
CONTENT
The salt content was determined by the use of the optical
atom emission spectroscopy with inductive coupled
plasma (ICP-OES). This analysis method is based on the
interaction between the elements contained in the
samples and the electromagnetic radiation emitted by
them.
By stimulating a vaporized sample solution, the outer
electrons of the contained elements are raised to a higher
energy level. The supplied energy is emitted during the
relapse of the electrons to their base energy level in the
form of light. The emitted light has a specific
wavelength and frequency which is characteristic for a
specific element (see [14]). By measuring the
wavelength and the intensity of the emitted light the
contained elements and their concentration can be
determined in comparison to given calibration data.
This chemical analysis was carried out exemplarily on
one sample from the web and the chords. The samples
were chosen according to their distinctive strength
profile. In total 58 specimens have been analyzed
chemically.

5 RESULTS AND EVALUATION
5.1 RESULTS OF THE PHYSICALMECHANICAL TEST
The flexural test have been evaluated according the
regulations in DIN 53435:1983 [9] and TGL 1204/8:1965 [10]. Accordingly the maximum flexural
stress equals the bending strength of defect-free wood.
However, a conversion of the determined strength values
on the strength of small defect-free specimen in
accordance with DIN 52186:1978 [12] (bar-shaped
specimen, test configuration is shown in Figure 9) with
the help of suitable factors is required.
Such factors for the conversion of the bending strength
and the density have been determined in the last years at
the HNE Eberswalde (see [11]).

The relation between the properties of Dynstat-specimen
and bar-shaped, defect-free specimen (wood species:
spruce) is specified in [11] as shown in the following
Equations (1) and (2):
-

density:

ρDIN52186 =
-

ρDynstat
0.92

(1)

bending strength:

f m,DIN52186 =

f m,Dynstat
0.54

(2)

where ρDIN52186 = density of bar-shaped, defect-free
specimen in accordance with DIN 52186, ρDynstat =
density of Dynstat-specimen, fm,DIN52186 = bending
strength of bar-shaped, defect-free specimen in
accordance with DIN 52186, fm,Dynstat = bending strength
of Dynstat-specimen
The influence of the wood moisture on the bending
strength has also been considered by the application of a
conversion factor. It is specified in [15] that the bending
strength decreases by 4% if the wood moisture increases
by one percentage point. This is valid for the increase of
the wood moisture below the fibre saturation point. The
equivalent conversion factor can be determined as shown
in Equation (3):

k fm, =

Gl

-

0.04 +1

(3)

Where kfm,ω = conversion factor for the influence of the
wood moisture on the bending strength, ωGl =
equilibrium wood moisture in [%] which attunes under
the predominant climate (here: ωGl =12%), ω = wood
moisture during the tests [%]
After the conversion of the test results a statistical
analysis concerning possible statistical outliers took
place (test according to GRUBBS, see [22]). In the result
of this analysis no statistical outliers could be
determined.
Furthermore, the distribution of the test results has been
analyzed by the help of the KOLMOGOROVSMIRNOV-Test (see [22]). It was determined that the
bending strength as well as the density are approximately
normal distributed. The actual distribution is positively
skewed (rate of skewness: density: 0.551; bending
strength: 0.582). This means that the greater amount of
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test results is located below the mean value of the
assumed ideal normal distribution.
The Figures 11 and 12 are depicting the absolute
frequency as well as the assumed ideal normal
distribution of the density and the bending strength of all
specimens.

Table 2: results of the statistical analysis of the converted test
results – sample series „web“

density ρ12

bending
strength fm

amount of specimen n

420 Stk.

420 Stk.

minimum xmin

0.37 g/cm³

38.3 N/mm²

maximum xmax

0.68 g/cm³

164.4 N/mm²

mean value xmean

0.50 g/cm³

88.8 N/mm²

standard deviation sx

0.06 g/cm³

23.7 N/mm²

variation coefficient vx 12.0%

Figure 11: distribution of the density of all specimens

Figure 12: distribution of the bending strength of all
specimens

26.7%

The evaluation of the test results was carried out as a
comparison with the normatively regulated material
properties of spruce according to DIN 68364:2003 [16].
In this standard the mean density is given with a value of
0.46g/cm³ and a variation coefficient of 9.7%. The mean
bending strength has a value of 80N/mm² and a variation
coefficient of 14.2%.
The comparison between the test results and the material
properties according to DIN 68364:2003 [16] has shown
that the density of the examined material is slightly
increased. The mean density is located in the top
variation range of the normatively regulated density
(sample series “chord”: 0.47 g/cm³; sample series “web”:
0.50 g/cm³). The observed increase can be attributed to
the salt deposit in the peripherical wood structure. The
comparison of the mean density of the examined
material and the density according to DIN 68364:2003
[16] is depicted in Figure 13.

The results of the statistical analysis of the converted test
results are listed in Table 1 and Table 2.
Table 1: results of the statistical analysis of the converted test
results – sample series „chord“

density ρ12

bending
strength fm

amount of specimen n

1320 Stk.

1320 Stk.

minimum xmin

0.31 g/cm³

23.2 N/mm²

maximum xmax

0.67 g/cm³

141.9 N/mm²

mean value xmean

0.47 g/cm³

82.1 N/mm²

standard deviation sx

0.06 g/cm³

17.1 N/mm²

variation coefficient vx 12.1%

20.8%

Figure 13: comparison between the densities of the examined
material with the density according DIN 68364:2003[16]

The bending strength of the examined material is also
higher than the bending strength according DIN
68364:2003 [16]. An equivocal explanation for this
observation could not be found on basis of the studies
that have been carried out. The comparison of the mean
bending strength of the examined material and the
bending strength according DIN 68364:2003 [16] is
depicted in Figure 14.
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inner cross-section. The analyzed sample from the web
has a salt concentration of approximately 4-5% in the
inner cross-section. The concentration of the inner crosssection of the sample from the chord was approximately
1-2%.
To qualitatively determine the influence of the salt
deposition on the bending strength a linear correlation
and regression analysis has been carried out. This
analysis refers to the entire specimens which have been
chemically analyzed. The results are depicted in Figure
16.

Figure 14: comparison between the bending strength of the
examined material with the bending strength according
DIN 68364:2003[16]

The evaluation of the mean values of the bending
strength has shown that the examined material was
obviously not affected by the impact of the salts (see
Figure 14). However, considering the depth profile of the
bending strength it is clear that the strength in the
peripherical cross-section is reduced in comparison to
the inner cross-section (see Figure 15).

Figure 16: depiction of the relation between the salt
concentration and the bending strength

Figure 15 shows clearly that the bending strength
decreases with the increasing salt concentration. This is
also proved by the negative correlation and regression
coefficients. It should be noted at this point that the
examined relation is only moderately expressed. The
correlation coefficient has only a value of -0.485. The
relatively small sample size of only 58 specimens can be
seen as the reason for this fact.
5.3 DETERMINATION OF THE CORROSION
LAYER THICKNESS

Figure 15: depth profile of the bending strength – sample G1-2
(sample series „chord“)

5.2 RESULTS OF THE CHEMICAL TEST
In the result of the chemical analysis mainly potassium
chloride, sodium chloride and magnesium chloride could
be determined to be deposed in the wood structure.
Furthermore, several sulphates in lower concentration
were detected. The concentration of these sulphates
equals the amount of sulphates which have to be
expected in long-term obstructed timber. Therefore, the
effect of the sulphates on the examined material’s
properties is neglected.
The total concentration of the detected chlorides in the
peripheral cross-section has a value of approximately
10% (sample series “web”) respectively 13% (sample
series “chord”). The concentration decreases towards the

The corrosion layer is the peripherical part of the crosssection which shows a clearly visible respectively
measureable alteration due to the influence of the
chemically-aggressive media. These alterations are
manifested – as already described above – as a
macroscopic modification (discolouration, fibrous
surface structure) as well as a reduction of the material’s
strength.
The thickness of this corrosion layer can be determined
graphically on basis of the results of the technical
material studies which have been carried out. General
rules are listed in [17] which are derived from studies on
timber construction in the potash industry. These rules
are listed below.
1)
2)
3)

The bending strength in a distance of 14mm from
the surface is approximately constant. The mean
value is depicted as a straight line in this area.
The bending strength beyond this intact inner cross
-section (core area) decreases steeply.
The thickness of the corrosion layer results from
the intersection of the steeply decreasing strength in
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the peripherical cross-section and the 75%-line of
the mean bending strength in the intact inner crosssection (core area) plus the half of the specimen’s
thickness.
This method was applied exemplarily on the test results
of on sample of each sample series. These are the same
samples which were chemically analyzed.
For the sample from the sample series „chord“, the
thickness of the corrosion layer equals 13.5mm. The
sample from the sample series “web” the thickness had a
value of 11mm.
The Figure 17 depicts exemplarily the graphically
determined thickness of the corrosion layer of sample
G1-2 in comparison to the determined salt concentration.
Figure 18: graphical determination of the corrosion layer’s
thickness (sample G1-2)

Figure 17: graphical determination of the corrosion layer’s
thickness according [17] (sample G1-2)

The Figure 17 reveals that the bending strength in the
assumed intact inner cross-section is partially lower than
in the damaged peripherical cross-section. The salt
concentration in the assumed intact inner cross-section is
relatively high with values up to 8%.
The in [17] described method has been derived from test
on small, defect-free specimen (bar-shaped specimen,
see Figure 9). Therefore, the unconditional applicability
of this method on the bending strength of Dynstatspecimen is questionable.
Thus, a second graphical method for the determination
of the corrosion layer’s thickness was applied. The
second method uses the 5-percentile value of the bending
strength of defect-free wood according to DIN
68364:2003 [16] as reference. Then, the corrosion layer
is the part of the cross-section in which the test results
are lower than the reference value.
With the help of this consideration a corrosion layer’s
thickness of 5mm (sample series “web”) respectively
10mm (sample series “chord”) could be determined. The
Figure 18 depicts exemplarily the graphically determined
thickness of the corrosion layer of sample G1-2 in
comparison to the determined salt concentration.
The corrosion layer’s thickness which was determined in
comparison to the 5-percentile value of the bending
strength of defect-free wood according to DIN
68364:2003 [16] is seen as the decisive thickness.

The main reason for this consideration is the nowadays
valid safety concept for the design of timber
constructions. This concept uses 5-percentile values as
the characteristic values for the design. Another reason is
– as described above – that the in [17] described method
can only be applied on results of the Dynstat-method
with restrictions.
Therefore, the thickness of the circumferential corrosion
layer of the examined material is declared with values of
5mm on the web respectively 10mm on the chords (see
also Figure 19).

Figure 19: thickness of the corrosion layer

5.4 COMPARATIVE CALCULATIONS
CONCERNING THE STRUCTURAL
STABILITY
The knowledge of the thickness of the corrosion layer
creates the basis for the analysis of the structural stability
of a timber construction which is affected by the
influence of chemically aggressive media. A proposal for
the design of such constructions can be found in [6].
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According to [6] there are two ways to statically
calculate such constructions. Both methods are similar to
the hot-state design according to Eurocode 5 [18]. On the
one hand, it is possible to calculate with the reduced
material strength due to the influence of the chemicallyaggressive media (method 1). On the other hand, the
cross-section can be reduced by the thickness of the
circumferential corrosion layer (method 2).
The comparative calculation concerning the structural
stability has been carried out by the use of both methods.
The results of the physical-mechanical and chemical
tests created the basis of the calculation.
Method 1: calculation with a reduced material strength
The modification factor to take account of the influence
of the chemically-aggressive media kmod,aM was selected
according to the results of the chemical tests.
Method 2: calculation with a reduced cross-section
The cross-section of the glulam trusses has been reduced
by a value of 5mm. This equals the thickness of the
corrosion layer which was determined for the web of the
trusses.
The results of the comparative calculation revealed that
the static utilization rate of the glulam trusses under
consideration of a reduced material strength (method 1,
kmod,aM = 0.95) equals the utilization rate under
consideration of a circumferential corrosion layer
(method 2, d = 5mm).
The results of the proposed design methods given in [6]
can be proved by the results of the technical studies
which were carried out. Therefore, these design methods
are adequate for the prognostic calculation of the
structural stability of timber structures under
consideration of the influence of chemically-aggressive
media.
5.5 DETERMINATION OF THE
CHARACTERISTIC MATERIAL
PROPERTIES
Another initial value for the calculation of the structural
stability of a timber construction which is affected by
chemically-aggressive media is the assignment of the
affected members to the officially approved system of
strength classes for glued laminated timber members.
This is achieved by the determination of the
characteristic material values.
In this case the characteristic values were determined
according EN 384:2010 [18]. The test results of all tested
specimen (sample series “chord” and “web”) have been
divided into two new groups. The first group included
the entire specimen from the undamaged cross-section
(intact inner cross -section). The second group was
formed by the specimen from the corroded peripherical
cross-section. The advantage of such a partition is that as
the actual load bearing capacity of the undamaged crosssection can be estimated more accurately.
The characteristic values of the strength properties are
determined according EN 384:2010 [18], chapter 5.4 as
shown below (see Equation 4).

fk = f05 k S k V

(4)

where f k = characteristic value of the strength in
[N/mm²], f 05 = mean value of the 5-percentile values
which are weighted in proportion to the amount of
specimen in [N/mm²], kS = correction factor to consider
the amount of samples and specimen according to EN
384:2010 [19], Figure 1, k V = correction factor to
consider the low variability of the 5-percintile values of
machine-graded timber in comparison to visually graded
timber
The 5-percentile value f05 is determined as shown in
Equation 5:

f05 = f - sx t 95

(5)

where f 05 = 5-percentile value of the strength in
[N/mm²], f = mean value of the strength in [N/mm²],
s x = standard deviation of the strength in [N/mm²], t 95
= t-factor of the Student-distribution for 1 -

= 95 %

The characteristic value of the density is determined
according EN 384:2010 [18], chapter 8 as shown below
(see Equation 6).

ρk =

ρ05,j n j
nj

(6)

where ρk = characteristic value of the density in
[kg/m³], ρ 05, j = 5-percentile value of the density of a
sample in [kg/m³], n j = amount of specimen in one
sample
The 5-percentile value ρ05 is determined as shown in
Equation 7:

ρ05 = ρ -1,65 s

(7)

where ρ = mean value of the density in [kg/m³], s =
standard deviation of the density in [kg/m³]
A characteristic value of the bending strength of
25.67N/mm² in the corroded peripherical cross-section
respectively 45.40N/mm² in the intact cross-section was
derived from the test results. The characteristic density
equals a value of 413.81kg/m³ in the corroded
peripherical cross-section respectively 376.23kg/m³ in
the intact inner cross-section.
These results are again proving the reduction of the
material’s strength in the peripherical cross-section in
comparison to the intact inner cross-section. The density
in the peripherical cross-section is increased. This fact is
caused by the deposition of salt in the peripherical crosssection as already mentioned above.
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The characteristic material properties of timber are
nowadays regulated in the EN 338:2010 [20], Table 1.
The comparison of the characteristic values of the test
results with the characteristic values of the strength
classes in EN 338:2010 [20] allows an assignment of the
material in the corroded peripherical cross-section to the
strength class C24. The material in the intact inner crosssection can be assigned to the strength class C27
although the characteristic bending strength is much
higher than listed in EN 338: 2010 [20], Table 1 (see
also Table 3).

peripherical
cross-section

C27

inner
cross-section

bending
strength
fm,k [N/mm²]
density
ρk [kg/m³]

C24

Table 3: possible assignment of the examined material to the
strength classes of timber according EN 338:2010 [20]

24

25.67

27

45.40

350

413.81

370

376.23

Following the regulations of EN 14080:2013 [21], Table
1 it is possible to assign lamellas of the strength class
C24 to the T-class T14. Lamellas of the strength class
C27 can be assigned to the T-class T16.
Since the extraction of the samples included every
lamella in the cross-section the assignment mentioned
above can be assumed for the whole cross-section.
However, this assignment could only be seen as
orientation since the flexural modulus of elasticity is also
decisive in order to assign timber to a strength class.
Furthermore, the characteristic values of the test material
are derived from test on defect-free wood. The
transmission of the results to full-scale timber members
is only possible with the help of an adequate regression
function. At the moment there is only inadequate
knowledge for wood affected by chemically-aggressive
media.
On basis of the orienting assignment of the examined
material to the strength and T-classes of timber a
valuation on the load bearing capacity of the glulam
timber members is now possible.
According to EN 14080:2013 [21], Table 3 glulam
timber which is entirely made of lamellas of the T-class
T14 can be assigned to the strength class GL24h
according to EN 14080:2013 [21], Table 5. If the entire
lamellas are assigned to the T-class T16 the glulam
timber could be assigned to the strength class GL26h.
These possible assignments are only valid for modern
glued laminated timber. Whether this is also valid for
historic glulam members is questionable at the moment.
The main causes are the lack of knowledge about the
historically used glues as well as the fact that historic
glulam members were produced without finger joints.

6 CONCLUSIONS
The results of this study are revealing that the examined
material was clearly altered due to the salt exposure in
spite of its high resistance against the effect of
chemically-aggressive media.
The chemical analysis has shown that the salts are not
only deposed in the peripherical cross-section but also in
its core. The concentration was measured with a value of
10-13% in the peripherical cross-section respectively 15% in the core.
The influence of the chemically-aggressive media is
amongst others clearly visible by the macroscopic
alteration of the wood structure near the surface. The
surface structure of the examined material was fibrous
and showed a greyish-brown discolouration. This
discolouration reached a depth of 20-25mm.
The results of the material test have proven the
macroscopic alteration of the examined material.
Although, there is no significant reduction of the
strength in the inner cross-section there is a significant
reduction of the strength in the peripherical crosssection. The density decreases from the surface towards
the inner cross-section. This refers to the analyzed salt
concentration.
The thickness of the circumferential corrosion layer was
determined on basis of the examined material’s bending
strength. Two methods were used – firstly the method
according to [17] and secondly a comparison between
the test results and the 5-percentile value of the
normatively regulated bending strength according to
DIN 68364:2003 [16]. In the result a thickness of 5mm
on the web respectively 10mm on the chords was
determined.
A comparative calculation according to the method
described in [6] showed that the prognostic calculated
load factor (method 1 - calculation with a reduced
strength) approximates the actual load factor (method 2 calculation with a reduced cross-section).
The influence of the chemically-aggressive media on the
material’s properties is not taken into consideration in
the currently valid timber construction rules so far [7].
However, this study has shown that this influence has to
be taken into consideration on existing timber structures.
The results of this study led to further investigations on
the influence of the chemically-aggressive media on the
load bearing capacity of historic glued laminated timber
constructions. This includes the determination of the
strength of glulam and solid wood member in full-scale
as well as a study on the glued joints. These studies will
be mentioned in future publications.
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ABSTRACT: This research focuses on the continued use of logs in house construction. In contrast to other regions in
the Alps the traditional construction technique with local timber persists in the village of Vrin (Swizterland). This
research identifies and investigates two supporting movements: the renovation of log-constructed houses in the first half
of the 20th century and the renewal of log construction by architect Gion A. Caminada from the 1990s. These two
movements are compared in a report that Swiss researcher Hans Schüpbach made about the village’s houses in 1946.
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1 INTRODUCTION 123
Because of rapid changes of lifestyle and the
globalization of production, the relationship between
local materials and construction has been lost, making
sustainability more and more difficult. This research
focuses on the successful continuity of log-construction
techniques with local timber in the renovation of
traditional houses and construction of modern ones. Vrin
is a village deep in the valley Lumnezia1 in the province
Graubünden2 in Switzerland; It is located at 1450m
above sea level (Fig.1), in the dense fir vegetation zone
of the Swiss Alps, where people have traditionally lived
in log houses. The community of Vrin consists of one
principal settlement, where the main church and old
houses are concentrated in four small districts. It has
about 250 inhabitants (Fig.4). Agriculture (mainly cattleraising) and timber production have been the main
occupations in this village. In 1946 a researcher of rural
sociology, Hans Schüpbach, investigated the living
conditions and traditional housing with the aim of
improving the quality of life. Consequently, he proposed
three prototypes of farmhouses (Fig.2).

Fig. 2 Proposed farmhouse type on referece [2]

Fig. 3 Proposed farmhouse
type on reference [3]

Fig. 1 Position of Vrin in Switzerland
1

Takahiko Higuchi, Iida Institute of Historical Research,
ic3925@city.iida.nagano.jp
2
Silvan Blumenthal, ETH Zurich , Switzerland,
blumenthal@arch.ethz.ch

Photo 1 Triple family
building by Gion A.
Caminada (2003)

It is not clear how much influence the proposals of
Schüpbach had on the continuity of log houses in the
village. But some houses in Vrin which were built in
1950’s have features similar to the Schüpbach’s
prototypes3. Additionally his proposal was introduced
positively in Japan in 1967 by researcher Fukuo Ueno4
as a modern-style farmhouse (Fig.3). In 1990 local
architect Gion A. Caminada5 started to renovate old
houses and planned new-style log houses, based on both
traditional houses and Schüpbach’s proposals. Vrin is a
very rare case that still shows remarkable continuity of
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log construction using local timber. This research
reviews the continuity, paying attention to both
Schüpbach’s proposals on techniques for renovating
houses, as well as the improvements on new houses by
Gion A. Caminada (Photo 1).

Fig. 4 Transition of population in Vrin 6

2 RESEARCH METHOD
Schüpbach’s proposals are summarized in the following
four points:
I. Consideration of house equipment depending
on maintenance of electric power and water supply,
including the lighting and ventilation.
II. Consideration of urban planning, depending on
maintenance of roads, especially regarding the
positioning and grouping of new houses and barns.
III. Consideration of occupation density in house
planning, corresponding to the increase of population,
especially provision of separate rooms for men and
women and modification from double family house
to single family house.
IV. Consideration of facade of houses from the point
of view of architectural history and cultural
landscape.
This research attempts to clarify historical trends during
the transition from traditional houses to modern houses
and verify the relationship between Schüpbach’s
proposals and Caminada’s planning regarding the
continuity of the log houses. Residential houses are
generally of log construction in Vrin and have been built
and renovated with local timber much more frequently
than other farmer’s houses, reflecting improvement of
lifestyles and new construction techniques. Therefore,
this research focused on residential houses in the
principle district of Vrin. The historical transition and
techniques of log- house are investigated by two
different approaches, both relating to detailed aspects of
the constructions.

2. Measurement survey
・All houses selected as a result of the appearance
investigation were measured roughly.
3. Hearing investigation
・All owners of the houses selected by the appearance
investigation were questioned about the history of
renovation on the following points:
Q1. Renovated parts of the house
Q2. Period of renovation
Q3. Motivation of renovation
Houses investigated had all been referred to previous
reports about farmhouses of Vrin by the Department for
the Care and Preservation of Monuments of Graubünden
Canton written in 1944*7 and 1975*8. In particular, these
previous reports gave information about the original
form of houses and the period of renovation and the
methods used. The appearance investigation was put into
practice from December 2012 to April 2013. The
measurement survey and hearing investigation was
carried out from May 2013 to September 2013.
2.2 Investigation of New houses
Architect Gion A. Caminada started planning houses in
Vrin at end of the 1980s. He has built five new houses
with log-construction in the past 20 years. During the
second survey, the character of the floor-plan and
construction with local timber were compared to older,
renovated houses. They were also compared with the
proposed prototypes of Hans Schüpbach in terms of the
floor-plan and other considerations. All documents for
the new houses were obtained from the architect office
of Gion A. Caminada in Cons.

2.1 Investigation of Renovated houses
The first survey on the historical transition of houses
pays attention to evidence of renovation. A lot of log
houses in Vrin, even those having been used by only a
few generations, show evidence of several renovations.
This habit of renovation demonstrates that maintenance
of log houses is an actual possibility. The investigation
had three processes:
1. Appearance investigation
・ All wooden houses were investigated regarding
evidence of structural and infrastructural renovation as
seen from appearance.

Figure 3. The existing situation of Vrin
Fig. 5 Distribution of log buildings in Vrin
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3 RESULTS
By the first survey it became clear that there are 31 log
houses in the district of Vrin and 20 of them have
conspicuous evidences of constructive improvement and
renovation (Fig. 4). Including unclear cases, 11 of the
houses were built in the 18th century and the oldest house
No. 9 was built in 1738. Five of the houses were built in
the 19th century, while four date back to the 20th century,
and the most recent house was built in 1947. Older
houses are positioned around the centre of the district,
where the church stands and at a major road connecting
Vrin to nearby villages. At the outer periphery of the
village, there are new houses and barns and a woodenconstructed plant processing dairy products from local
cattle and sheep. The scale and character of the
renovated 20 houses are shown in the List 1.
3.1 House Types
Seven houses were built for a single family and 13
houses were built for two families. In the 18th century it
seems that the double family houses were more popular
than single family houses in this village. There were not
conspicuous differences in the plans of older houses built
in the 18th century, for example, between single family
case No. 4 and double family case No. 20 (Fig. 6). They
have a pair of living rooms with a stove hearth and
kitchen across the corridor, where there is an opening for
the stove on the same floor as the entrance, and also have
several bedrooms on the upper floor. In the case of
single family houses built in the early 20th century, the
living room and the kitchen were not connected. They
had a typical plan close to a square in shape, similar
to the model proposed by Hans Schüpbach. For example,
No. 3 has an entrance which can be accessed from a
number of directions and in which the stove opening is

Fig. 6 Plans of houses

positioned in the kitchen like Schüpbach’s proposal.
Most of the double houses are divided in the middle of
the house area by a log wall like No. 20. An exceptional
case is No. 15, in which each family owned half the
space of the building vertically on two floors, but after
the internal renovation, in which one part of the central
wall was removed, each family owned a whole floor, an
exchange that resulted no loss of ownership area for
either family.

Ba: Bathroom Be: Bedroom K: Kitchen L: Living Room G: Garage H: Hobby Room O: Others
HE: Horizontal Extension IR: Internal Renovation VE: Vertical Extension ( ) : Special case

List 1 Overview of renovated wooden houses in Vrin

S: Storeroom
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3.2 Scale of houses

3.3 Extension

The scale of renovated houses is shown in List 1.
Among the 20 examples, 16 houses have two floors and
four houses have three floors. It became clear that most
of the houses had originally two floors from both the
records of the houses and investigations into evidence of
wall extensions and other renovations. Only No. 19
originally had three floors and had been extended by
renovation.
List 1 shows the scale of building area and floor space
that one family owned. The smallest building area is No.
4, while the largest was originally No. 15, but after
renovation No. 8 became the largest one. The average
area of an original single family house is 51 ㎡ and for
the double family house this is 89 ㎡. Thus, the double
family house is conspicuously larger than the single one.
On the other hand, in the case of floor space, the
smallest house is double family house No. 9, which has
73.8 ㎡, while the largest is also a double family house,
No. 16, which has 157 ㎡. No. 16 is a special case
because it became a double family house after being
renovated, with one proprietor owning the whole
building, before change to a single family house (Fig. 7).
The average of original floor space for a single family
house is about 113 ㎡. For a double family house, in
case of the house having two floors, it is about 120 ㎡,
and in the case of three floors it is 137 ㎡. Compared to
house area, there were not so much difference between
single family house and double family house regarding
floor space.
The height of each house is determined by the number
of floors, with the ceiling height of each room usually
about 2m. Basically all houses have almost the same
height room in the basement for the storage of foods, and
wine and tools for daily life. Additionally, the attic was
also used as a storage space by each family, but this
research did not consider the basements and attics.

From the records and measurements of the houses, the
changes in the area of each room in square meters
became clear. In the cases of No.1, 2, 3, 4, 8, 12, 13 and
20 the house area was extended. Specifically, rooms
extended were living room, bedroom, kitchen and
bathroom. In the cases of No.1, 2, 8, 12, 13 and 20 the
bedrooms were extended. As special cases, No. 4 and No.
20 were extended only a few square meters on the
ground floor for just the bathroom. In other cases new
spaces were extended horizontally at ground and 2nd
floor levels like Fig. 8. One part of a log wall was taken
away and a new space of wooden-frame construction or
concrete was attached. In the case of No. 1 the bedroom
and bathroom were extended. In the case of double
family house No. 8 one owner extended a side of the
house with a 3-floor tower on a narrow piece of land
between the house and barn (Fig. 9)9. The tower has a
completely independent construction from the original
house, and, at the entrance, steps extend to the bedroom
and bathroom. As a result of this extension, the original
stairs became unnecessary and were taken away.
Therefore, the kitchen could also be extended to include
the space of the original stairs. No.12 shows a case of a
similar extension in which one owner attached a new
construction at the side. In this horizontal extension type,
the new part does not use log construction.

Fig. 8 Facade and Plan of House No.1

Fig. 7 Plan, Facade and Section of House No.16
Renovated building by the Department for Care and
Preservation of Monuments of Canton Graubünden

Fig. 9 Facade and Plan of House No. 8
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On the other hand, in the cases of No. 17, 18 and 19,
floor spaces extended without any extension of building
space. Specifically, the rooms that were extended were
mainly bedrooms and storerooms. In the case of No. 20
the house had an extension of the bathroom on the
ground floor and also extended the third floor above the
original second floor as additional floor space for
bedrooms. From house records it was clear that No. 17
and No. 18 also added one more floor to the original
house. House No.17, which was built in the 18th century
as a house with two floors, had three floors following
two renovations in 1940 and 1956. After investigating
evidence of the wall renovations and hearing from the
house owner, it became clear that, due to deterioration,
half of the east and west sides were replaced, while for
the north side all the timbers were exchanged (Fig.10).
On the east and west facades, pieces of original and new
timber connected in the middle of the wall. In the case of
No. 19 there was also evidence of old timbers joined to
new ones on the wall (Photo 1). There was a unique
motivation behind the renovation of No. 19: there was a
need to repair the roof, together with a request to extend
floor space. To achieve this, under the supervision of the
Department for the Care and Preservation of Monuments
of Graubünden Canton, the facade of the house was
turned by 90 degrees in accordance with the direction
that nearby houses faced and the intended historical
townscape (Fig.11)10. In these vertical extension types,
log construction had technique, with wooden joint which

Photo 2 Corner of House No.19 in 1975
(by Institut dal Dicziunari Rumantsch Grischun)

Fig 10 Facade and Plan of House No.17

Fig. 11 Facade and Plan of House No.19

Fig. 12 Transition of floor space of bedroom
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connecting the old and new walls.
According to the character of these renovations, all the
selected houses were classified as horizontal extension
type, vertical extension type or internal renovation type.
List 1 shows the transition of floor spaces for each room.
As can be seen, bedrooms were extended in three
internal renovation types. Living room, kitchen and
bathroom were also renovated in several cases.
Bedrooms were cleary extended more than others rooms.
Fig.12 shows the transition of floor spaces for
bedrooms in each house, illustrating the relationship
between house type and renovated period. In most cases
the floor space for a bedroom became larger than in
former periods, excepting the case of No. 5, where the
bedroom was transformed into a part of the living space.
Original floor spaces for bedrooms of single and double
family houses were around 30 ㎡.
In the cases of Nos. 1, 2, 8, 12 and 13 there is a
tendency to extend the bedroom slightly flowing
extension of the building area. Actually in these cases
one part of a log wall was taken away and a frame
construction and panelled wall attached. These belonged
to the horizontal extension category, in which existing
bedrooms were extended. On the other hand, in the cases
of Nos. 17, 18, 19 and 20 the tendency was to extend
bedrooms without any conspicuous extension of the
building area. In these cases, log construction was used
to add one whole floor or a part of a floor. Therefore,
they are classified as a vertical extension type, in which
several bedrooms were newly extended. One remarkable
case is house No. 20, where the number of bedrooms
were increased from two to five and the floor space
increased more than 30 ㎡.
From listening to people's stories, it was clear that
there were cases in which bedroom floor spaces were
increased without remarkable architectural extensions.
Houses No. 14 and No. 16 were originally for a double
family, but during the last century occupation was by
single family. As a result, they were able to increase
bedrooms. Additionally, in case of house No. 15 the area
of ownership was changed from two half floors to one
whole floor, with this internal renovation resulting in
increased bedrooms.

3.4 Historical transition
The history of renovations for each house, drawn up
from house records and interviews with the owner and
local carpenter, is shown in Fig. 13.
Black and grey dots show the period of renovation. In
the case of grey dots it means the period is unclear.
Diamonds indicate a case of renovation-type extension.
Initials which are attached with dots and diamonds show
renovated locations of a house.
Half of the houses were renovated several times and, in
the cases of No. 9 and No. 19, at least three times. Fig.
13 indicates that there are periods in which renovation
occurs more frequently. The first period is from 1930s to
1950s, while the second period is from 1970s to 1990s.
In the first period eight double houses were renovated.
At the end of this period three houses were extended
vertically. On the other hand, ten houses were renovated
during the second period and at the end of this period
five houses were extended horizontally. During the
second period especially the bathroom and the kitchen
were often renovated. On the other hand, as it has
already been pointed out, in the cases of vertical
extension type the first period saw mainly bedroom
extensions.
When these aspects of house renovation are studied in
the history of Vrin, the relationship with the introduction
of new infrastructure is clear. The main road which
connects Vrin to the nearest town Ilanz11 had been
established by 1888 and was paved in 1947. The bus
service12started in 1920. After that, in 1946, the first
electric power was supplied and in 1953 running water
was laid on. Thus, the first period of renovation overlaps
exactly with this introductory period of infrastructure.
Additionally, regarding the transition of the population,
the 1950s is a remarkable period of population growth in
the last century (Fig. 4). It is considered that such a
situation was another influence in the renovations of this
period, especially the supply of extra bedrooms resulting
from vertical extension. On the other hand, the second
period corresponds to the period of population decline.
Renovations of bathroom and kitchen symbolized the
demands of well-equipped lifestyle.

Fig. 13 Renovation history of houses
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3.5 Character of New Houses

4 CONCLUSION

Concerning the period of renovated houses, local
architect Gion A. Caminada started his work in Vrin
during the latter half of the second period13. Before he
designed new-style log houses he had been engaged in
renovations of old houses in the village. In 1995 he built
the first new log house for one family. During the next
20 years he planned two more single family houses and
one double family house and one triple family house
(Photo 2) in Vrin. In order to consider their relationship
with renovated houses and Schüpbach’s proposals
(Fig.14), research was conducted on three new houses.
House A has rooms which are arranged in series. The
floor plan shows a similarity with a traditional single
family house like house No.4. The biggest difference is
that it has oil heating instead of a hearth, providing a
feeling of bright openness in the middle of the house,
where a big opening connects the stairs to the terrace.
House B is also a single family house with an
asymmetric floor plan and central hearth. This house has
similarities with Schüpbach’s proposals (Fig.6). It has a
characteristic space around the fireplace and independent
stairs. House C is a double family house which has a
symmetric floor plan like old double houses and house
No. 20 (Fig. 6). It has an open space for the two owners
in the middle of two houses.
The plans show a repetition of the structural balance of
traditional log construction. What is completely different
is the circular semi-open space. Significantly, these
houses have sliding doors the around of hearth in the
middle of house, providing both independence and
openness. Additionally, this circularity included kitchen
and bathroom, thus enhancing a practical modern
lifestyle. The construction keeps a stable log wall at the
periphery and inner wall positioned more flexibly than in
former generations.

This research focused on the continuity of logconstructed houses, researching this in the mountain
village of Vrin. It identified and investigated two
movements in which continuity successfully occurred:
the renovation of log-constructed houses in the first half
of the 20th century and the renewal of log construction by
architect Gion A. Caminada after the 1990s. Paying
attention to a report and proposals about the houses of
Vrin by Swiss researcher Hans Schüpbach, these two
continuity movements were compared with the aim of
considering this specific continuity as a sustainable
practice.

Figure 14. Plans of new houses in Vrin

First continuity
By studying the history of renovated farmhouses, it
became clear that most of houses were renovated in the
early 20th century in response to the demands of
increasing each family space due to rises in population
and the development of new infrastructure. These
renovations occurred during two periods. During the
first period log construction continued in vertical house
to extend mainly bedrooms. As Schüpbach pointed out,
it was one response to high density in a house. In the
second period log construction continued with attached
frame construction extending horizontally, extending not
only the floor space of rooms, but also improving
kitchens and bathrooms.
Second continuity
Regarding the comparison between renovated farm
houses and new houses designed by Gion A. Caminada,
it is clear that the plans of traditional log-constructed
houses are compatible with the changing composition of
individual rooms due to evolving life styles. This is true
not only in the case of single family houses, but also
double and triple family houses. The plans show at least
two possibilities for the continuity of log construction:
one is the flexibility of room organization using jointed
walls and the other is a repetition of traditional
constructional forms with changes in scale and the
relationship of individual rooms.
These continuities have different backgrounds and
considerations. The first continuity results from the
following of traditional construction, adapting social
needs through the techniques of local carpenters, with
the exception of special cases supervised by the canton's
Department of Care and Preservation of Monuments.
The second continuity results from conscious decisions
as a consequence of studies about former log
constructions, particularly proposals made by Hans
Schüpbach. With the participation of the local architect,
the socio-economic context intensifies.
This research identified the character of continuity in
Vrin in regard to log construction as a response to
changes in life style during last century, but without
changes in materials or constructional techniques. Next,
in order to relativize this result, it should be compared to
various cases in other regions and other proposed types
of log constructions by local architects14.
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Footnotes
1. A Swiss high alpen vally and a Romansh region in
western part of canton Graubünden.
2. A large canton located in the southeast part of
Switzerland facing Italy, Austria and Liechtenstein.
3. Hans Schüpbach proposed models for three farm
houses and barns. He paid much attention to variations
in the position of barn and residence. The residences
are all very similar in plan.
4. Japanese researcher of rural sociology. From 1940 to
1950, he studied about mountain village in
Switzerland and translated a report of Hans
Schüpbach Reference [2] into Japanese in 1967. In the
beginning of the report he wrote an impression of
village when he visited Vrin.
5. Born 1957 in Vrin , he is a professor of ETH Zurich
Architecture and Design. He studied handicrafts and
art at college, followed by post-graduate studies in
architecture in ETH. From 1998 he started to teach at
ETH.
6. The figure was edited based on a reference [8] by
Takashi Owada .
7. Reference [1]
8. Reference [4]
9. The renovation of No. 1 and No. 8 were carried out
by the architectural office of Gion .A Caminada in
Cons.
10. Architect Peter Zumthor was in charge of this project.
His directions are stored at Bünder
Heimatschutz office in Chur.
11. A city positioned on an upper stream of the river
Rhine in canton Graubünden.
12. A bus service that combnes collection of post office
mail.
13. According to publications, his first renovation
project was completed in 1991.
14. Gion .A Caminada planed log houses also in canton
Wallis and Peter Zumthor planed log houses in
Lumnezia vally and other village in canton
Graubünden.
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THE EUROPEAN INFLUENCE ON LAMINATED TIMBER ARCH ROAD
BRIDGES IN COLONIAL AUSTRALIA, 1852-90
Rex Glencross-Grant1 and Ian Berger2
ABSTRACT: This paper investigates the strong European influence on timber bridge design and construction in the
early Australian colonies. Early bridge building, from circa 1826, comprised very rudimentary round timber beam
bridges and with some beautiful masonry arch bridges. This initial period was followed in the mid-19th century by a
much more innovative period of timber arch bridges that were strongly influenced by European and English designs.
The period continued until c. 1870 when improvements were made to design detailing and construction techniques of
more conventional timber truss bridge designs, based initially on stocky English designs and later on more slender US
designs derived from Howe trusses. Whilst only a relatively small number of timber arch bridges were built in the
fledgling colonies, it was nevertheless a significant early period of bridge evolution.
The review found that, whilst laminated timber arch bridges were an expedient and cost-effective in the short term, they
presented maintenance and durability problems in the longer term progressively replaced by more effectively designed
large span timber truss, metal or later concrete bridges. Considerable knowledge and artisan skills were acquired during
this period in building such large structures, using limited resources other than natural materials and ingenuity.
Nevertheless these bridges very admirably fulfilled their intended purpose until traffic loading and volume increased
and alternative material costs decreased sufficiently to warrant eventual replacement.
KEYWORDS: arched bridges, bow-string, laminated, Palladian, spandrel, timber, truss, vertical laminates.

1 INTRODUCTION 123
This paper outlines an evolutionary phase of large timber
bridge construction in the early Australian colonies and
explains the importance that these bridges played in
colonial development. The development of bridge design
and construction provides a fitting metaphoric backdrop
of the history and growth of the early colonies. During
the first century of settlement, bridge design and
construction closely mirrored economic, social, political
and technical development. As the fledgling colonies
grew, so too did the demand for reliable and timely
access to agricultural areas for the transport of supplies
to these areas, and in turn transport of produce and
resources to markets [1].
1.1 HISTORICAL BACKGROUND
In 1800 the civil service for the Colony of NSW
provided basic services such as public buildings, roads,
bridges, wharves, docks, navigational aids and water,
supply, sewerage and drainage works. Under Governor
Lachlan Macquarie (1810-1821) a concerted programme
of public works was undertaken [2]. Macquarie was
1
Rex Glencross-Grant, University of New England, Armidale,
NSW, rlgencro@une.edu.au
2
Ian Berger, Roads and Maritime, Sydney NSW,
iberger@rms.nsw.gov.au.

regarded as the “builder” of the colony and left an
enduring legacy of works that literally laid the
foundation for substantive and innovative works that
were to follow.
EARLY BRIDGE FORMS IN AUSTRALIA
Structural bridge forms in the early Australian colonies
evolved in terms of local circumstances such as
economic, political and social imperatives, together with
available materials, technical and artisan skills. In the
very early periods crude timber structures were used,
which were often simply round logs laid across streams
for foot traffic and then further enhanced for wheeled
vehicles. Masonry bridges were somewhat limited by
early artisan skills, but nevertheless, there are some
excellent examples of these in NSW, Tasmania, Victoria
and Norfolk Island, with some dating back to 1823 [7-9].
As settlement extended to the vast open areas,
particularly of NSW, larger span and more economic
structures were needed. To this end, early stocky English
triangulated truss designs (based on Palladian principles)
[10] were adopted from the mid-1850s. However, these
structures posed problems in terms of sourcing the large
dimensioned timber that was needed to build and later
replace components for maintenance [1].
The difficulty of winning large dimensioned timber from
native forests was recorded as early as 1872, in that a
contractor and his son in Tasmania found it difficult to
get 450 mm x 300 mm x 28 m long beams from the
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forest that were free of heart and sap defects [Muskett in
11]. The situation was very similar in NSW where large
dimensioned timber had to be hauled long distances from
pristine north coast hardwood forests to distant bridge
sites inland.
Various bridge forms were subsequently developed that
relied more on a combination of sound engineering
design principles, timber species and strength properties
based more on scientific principles, particularly
following from strength testing of Australian hardwoods
by Prof. Warren at Sydney University in the late 19th
century [12, 13].
There were a number of distinct genre of timber truss
road bridges that have been characterised during this
period which has been reported on by various authors
such as McMillan Britton & Kell [14], Glencross-Grant
[15] and others. It is believed that such characterisation
was done by Percy Allan, who was engineer in charge of
national bridges for the NSW Dept of Public Works in
the early 20th century [16]. For some unaccountable
reason though another distinct group of timber truss
bridges during this period was omitted, to wit, laminated
timber arch bridges. It could have been that Allan simply
characterised extant timber truss bridges at the time from
a pragmatic operational perspective, rather than
historical recognition. Very few of the laminated arch
bridges survived into the 20th century, apart from a few,
such as the spandrel types over Shark Creek (replaced in
1916) [17] and Palmers Channel (replaced in 1925) [18]
in northern NSW and even then, these were replaced, or
about to be replaced, at the time of Allan’s 1924 paper
[16]. Nevertheless, this group seems to have been
overlooked by a significant proportion of the literature,
with the exception of, for example, Fraser [19] and
Glencross-Grant [15]. It is this group of bridges that will
now be examined in detail in this paper and hopefully
acknowledge them as a ‘respected’ and significant genre
of large span timber truss bridges in the early Australian
colonies.
1.2 INFLUENCE OF EUROPEAN DESIGNS ON
ADOPTION OF TIMBER ARCH BRIDGES IN
AUSTRALIA
Horizontally laminated timber arches were first used in
road bridge construction by Carl Friedrich von
Wiebeking in Germany at the turn of the 18th century.
The individual laminates were substantial and secured
together by bolts; eight bridges of this type were detailed
by him [20]. The longest of these was at Bamberg on the
Regnitz River built in 1808 with a 63 m span.
Bending was difficult due to the size of the laminates, so
in 1811, St-Far of Strasbourg proposed the use of thinner
planks instead. In 1819 Colonel A.R. Emy built the roofs
of two riding schools using arches made up of multiple
layers of timber, to the extent that in 1825 a roof at
Marac (near Bayonne) was capable of supporting 19.5
metres spans using horizontally laminated arches. This is
illustrated in Tarbuck [21], which was a work most
probably accessible to practitioners in Australia at the
time. In 1828 Tarbuck [21] published a text on laminated
arches, describing more structures and containing
proposals for spans of up to 100 m. Henri-Charles

Emmery’s Pont d’Ivry (Paris), completed in 1829,
reverted to the use of thicker timbers, which he bent
under steam before bolting them together, but it only
comprised four laminates [21, p. 103, Plate 12]. By
contrast Australian bridge builders generally used 8-12
laminates, which was more consistent with Emy’s
principles.
The first large scale use of laminations in Britain was in
1838 on John and Benjamin Green’s Ouseburn and
Willington Dene viaducts for the Newcastle and North
Shields Railway, which comprised five arches spanning
34.8 m and seven of 36 m respectively. On both, the
arches consisted of three parallel ribs of 14 planks 75
mm thick by 280 mm wide, so assembled and braced
together to form a rib one metre deep and 560 mm wide.
The planks were each pre-treated with an anti-rot
injection process then known as ‘kyanising.
These two viaducts attracted much attention in the
engineering profession because, even before they were
brought into service, the architect’s son, Benjamin
Green, presented a paper on their design at the 1838
meeting of the British Association for the Advancement
of Science. Isambard Kingdom Brunel was also a
member of the Association and when, in 1840,
construction of the skew bridge over the Avon at Bath
was held up through difficulties in obtaining the
necessary iron, he produced, at short notice, an entirely
different design using timber arches [22], for which the
inspiration seemed clearly to come from John Green’s
work on the Newcastle and North Shield Railway.
In designing the arches for the skew bridge at Bath
Brunel used laminations 150 mm thick, instead of the 75
mm planks used by Green. The greater thickness paid off
handsomely. Whilst the general life of such bridges was
25 years elsewhere, the skew bridge at Bath lasted 38
years, under what was probably the heaviest traffic to
which a bridge of this kind was ever submitted. A total
of 23 additional over-arch bridges were built on branch
lines in England and Scotland between 1841 and 1849
[23]. Several of these were detailed in Samuel Brees’
1838 work [24], which was widely available in
Australia. However, they were not used as road bridges
and their relatively brief period of construction was
curtailed due to the increasing availability of iron for
bridge structures. A noted deficiency that reduced their
length of service was that the laminations tended to
separate under load, and allow water to seep between
them, thereby hastening deterioration of the laminates.

2 WHY TIMBER ARCH BRIDGES?
When laminated timber arch bridges were first adopted
in the Australian colonies from the early 1850s, iron was
very limited and expensive because it had to be imported
from Britain. The design and technology for timber arch
bridges had been developed and proven in Europe and
the Britain with the onset of railways, so it was readily
transferable to Australia. However, what was not known
were the comparative advantages (e.g. strength,
workability and durability) of indigenous timbers. Such
detailed information was not readily available or
validated until the work of Warren and others in the late
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1800s [12, 13, 25], which in turn resulted in later
significant efficiencies in large timber truss bridges.

early Australian folklore, as depicted in early drawings
(Figure 1).

2.1 ADVANTAGES OF TIMBER ARCH BRIDGES
There were a number of clear advantages in adopting
timber arch bridges, to wit: (1) large and clear spans
enabled them to survive floods because they provided
greater unobstructed waterways; (2) they generally
utilised local, readily available materials that were
cheaper and could be acquired much quicker (except ‘red
deal’ or Scots pine imported to SA) [26]) than expensive,
imported iron (3) they used local design and low skill
labour that was readily available; (4) they could be built
by small, low capitalised contractors, offering
competitive pricing; (5) they largely utilised strong
indigenous hardwoods; (6) they had a relatively long life
span with some lasting longer than 40 years. Overall,
based on the SA experience, they offered a 75% in
saving in cost and time compared with iron bridges
during their period of prominence [27].
2.2 DISADVANTAGES OF TIMBER ARCH
BRIDGES
Conversely, there were also a number of disadvantages,
including: (1) the use of inexpensive indigenous
unseasoned, unquantified timbers resulted in excessive
drying shrinkage and distortions; (2) there were bracing
problems with some (e.g. South Creek, Windsor); (3)
some had relatively shorter life spans (average about 2530 years) compared with 80 or more years for iron; (4)
comparatively high level of maintenance needed to keep
tightened, waterproofed and replacement of deteriorated
timber due to shrinkage/weathering of unseasoned
timber; and (5) complex interconnection of cross-braced
members provided an opportunity to entangle floating
debris in very high (unpredictable) flood events, which
resulted in a number of substantive failures (e.g. Forth
River in Tasmania [28]; Macquarie River, Bathurst and
Yass River, Yass [29], NSW).

3 TYPES OF TIMBER ARCH BRIDGES
USED IN AUSTRALIAN COLONIES
The two principal forms adopted, that were influenced
by developments in England and Europe, were an over
or through-arch (bow-string) and an under-arch
(spandrel). By and large horizontal laminates were used
to form stiff ribs, which in turn were braced and
tightened to remain in plane. However, innovative
vertical laminations were adopted in some SA bridges
(e.g. Angle Vale and Currency Creek) [26].
Timber arch bow-string bridges were introduced in NSW
in the early 1850s, were constructed through to 1865
(e.g. Bendemeer) and survived through to the early 20th
century. The design was strongly influenced by an
English engineer (John Sutherland Valentine), who used
the design for railway bridges in the north of England
[30] and [23]. Their background and what prompted
their use will be explored later, but no doubt strong and
prolific local timber and stringent economic times were
very influential. Such bridge forms became enshrined in

Figure 1: Timber arch bridges have appeared in
Australian literature as this early drawing of horsedrawn vehicles shows [31]
3.1 OVER-ARCH (BOW-STRING)
Examples of over-arch (bow-string) arch forms (Figure
2) in NSW included Wallis Creek, Maitland (1852);
Yass River, Yass (1854); South Creek, Windsor
(c.1855);
Macquarie
River,
Bathurst
(1856);
Queanbeyan River, Queanbeyan (1856); Peel River,
Tamworth (c.1861) and MacDonald River, Bendemeer
(c.1865). Not only were these built in pairs (Figure 3),
but they were also built in triples (e.g. Macquarie River,
Bathurst and Yass River, Yass - Figure 4). It has not yet
been definitively established why this might have been,
but it was mentioned in newspaper articles of the time
that the centre truss “materially strengthens the structure
[and] prevents the possibility of any carriage collisions”
[32]. In terms of this being an advantage for traffic
separation is quite baffling, given the low speed nature
of non-motorised traffic during this period. However,
given the reported sway problems with the Fitzroy
Bridge (South Creek, Windsor, c. 1853) the triple set
arrangement could have been introduced in the
subsequent bridges at Yass (1854) and Bathurst (1856)
to help make them more stable. However, this was not
continued with later bridges at Tamworth (1861) and
Bendemeer (1865).
5-8 ply horizontally
laminated timber top
chords bolted together

Solid timber or iron
tension rods and
paired timber
diagonals

Roadway

through arch

horizontally or vertically
laminated timber bottom
chords bolted together
Verical reaction forces at piers and often
distribtued through c.i. shoes

Figure 2: Typical bow-string, over or through arch road
bridge, often with paired diagonals and horizontally
laminated top and bottom chords. This form was most
commonly used in NSW and Tasmania. This form was
more commonly used for multiple spans, although it did
develop sway problems (e.g. South Creek, Windsor,
NSW).
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At-grade or curved roadway over

multiple plies vertically
or horizontal laminated
and bolted in multiple
arch ribs

Stone abutments
often used as 'thrust'
blocks for horizontal
forces

Horizontal and vertical
reaction forces at abutments

Figure 3: Three-span timber arch bridge over
Macdonald River, Bendemeer, NSW undergoing
maintenance and refurbishment. Note the 8 ply
laminated arches, tension bolts and cross decking to
assist with bracing [33]
The bow-string genre started to wane in popularity in
NSW from about 1865 because of: (1) lack of adequate
design detailing, knowledge of materials technology,
resulting in subsequent maintenance problems; (2) the
ready access to large dimensioned timbers from native
forests; and not the least (3) a new genre of triangulated
timber trusses developed as being less complicated, and
more cost-effective alternatives. These designs in turn
were superseded by more efficient alternatives through
until the early 20th century [15] when steel started to
replace timber as a more durable and cost-effective
material. Similar under-arch (spandrel) forms were
introduced in SA in c. 1856, which were strongly
influenced by another English engineer (John Green,
Newcastle-on-Tyne) of the time who was constructing
railway bridges using timber arches [34].
The laminated spandrel form proved more popular in
SA, where some 20 were built [26, 34, 35]. An
additional variation on the SA spandrel form was a
segmented arch (vertically laminated), such as in
Currency Creek (Goolwa, SA) (Figure 7). This is
believed to be unique in Australia and possibly the
World, certainly in terms of extant examples [26].

Figure 5: Typical over or spandrel arch in which
roadway was on top of the arch. The archway comprised
multiple vertically or horizontally laminated ribs.
Vertically laminated ribs were more common (and
unique) to SA. This form was most commonly used in SA
and Victoria (albeit limited), although was used over the
Murray River at Wahgunyah on the NSW-Victorian
border (albeit being privately built). Apart from the
latter, they were most often built as single spans.

Figure 6: Combined road-rail bridge over Hunter River,
Singleton, NSW (1869) showing consistent cross-bracing
throughout the spandrel spans [8]. Note also the very
substantial masonry abutments to act as thrust blocks.
3.3 THROUGH SPANDREL (BURR TRUSS)
Very few of this type were built in the Australian
colonies, apart from two known ones: Forth River,
(Hamilton-on-Firth, Tasmania, 1867) and Broughton
Mill Creek (Berry in NSW, 1882). Because of the small
number built these will not be discussed any further here.

Figure 4: Two span, three arch bridge over Yass River,
Yass, NSW. Constructed in 1855, but destroyed by floods
in 1870 [36]
3.2 UNDER-ARCH (SPANDREL)
Examples of the under-arch form (open spandrel), with
horizontally laminated ribs (Figure 5), in NSW included
Hunter River, Singleton (1869) (Figure 6); Shark Creek
Maclean (1882) and Palmers Island, Yamba (1882).

Figure 7: Segmented vertically laminated 4-rib timber
spandrel arch, Currency Creek, SA c. 1873 later
supplemented with iron girders. Note the substantial
masonry abutment to sustain the horizontal forces from
the arches [37].
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4 COMPARISONS BETWEEN
COLONIES

of the period in 1882 and represented the last of the
genre of timber arch bridges in NSW.

The period of construction for laminated arch bridges
ranged between 1852 and 1882 (30 years) and some 33
of these bridges were built in the early Australian
colonies. They pre-dated other triangular truss forms
fulfilling a very innovative, useful and effective role for
the period over quite a reasonable length of time.

4.2 QUEENSLAND

4.1 NEW SOUTH WALES (NSW)
In the early 1850s bridge building was the responsibility
of the Colonial Architect (1849-54) Edmund Blacket
who, in order to extend the span of bridges beyond the 912 m limit of timber beam bridges, chose the laminated
timber arch, which had been demonstrated in Britain,
could provide spans up to 30 m. The first of these local
bridges was over Wallis Creek (Maitland, 1851). It was
described in contemporary newspapers as being derived
from Valentine’s Trent and Ely Valley Railway Bridge
over the Ouse in Yorkshire spanning 37 m. The latter
was a particularly likely source for Blacket, since he
could very well have worked on it whilst employed as a
surveyor for the Stockton to Darlington Railway. His
achievement in being able to reproduce its principles in
Australia was something of a technical triumph [38].
The manner of knowledge transfer to the other colonies
from Europe is unclear though Brees [24] appears to be
the most likely source.
4.1.1 Bow-string
Some eight horizontally laminated timber arch bridges
were built in NSW between 1852 and 1865. They used
large amounts of abundant and strong local hardwoods,
which conformed to a government edict that as much
local material as possible be used in all infrastructure to
reduce costs of more expensive imported materials.
Although these bridges were hailed as marvels of their
time, their overall durability did not match expectations.
The thin planks were curved by a steam process and
cross-bolted to form the laminated arch. Unfortunately,
suitable glues for securing and sealing the interfaces of
the laminates were unknown and cross-bolting could not
maintain water-tightness between plies (as in modern
timber laminated/plywood constructions). Consequently,
moisture penetrated the inner laminates causing rot,
hence structural weakness. It was impossible to treat the
inner laminates, so reconstruction was the only method
of replacing the rotting laminates. The span range was
18.3-27.4 m, with an average ‘natural’ life of about 45
years (excluding those destroyed by floods).
4.1.2 Spandrel
There were approximately five of this type built between
1863 and 1882 with a span range of 19.8-24.6 m. The
first of this sub-group was privately constructed over the
Murray River (Wahgunyah, Corowa, 1863). One of these
was a shared rail-road bridge over the Hunter River at
Singleton. The average ‘natural’ life span was about 36
years. Three in this group (Broughton Mill Creek, Shark
Creek and Palmers Channel) were built at the very end

Little can be found in the literature of extensive use of
laminated timber arch bridges in Queensland, apart from
one example over Breakfast Creek near Newstead,
Brisbane. It was built in 1858 and comprised two spans
(Figure 8) [39]. This bridge was extensively damaged by
floods in 1888 and it had to be replaced (Figure 9).

Figure 8: Two-span timber arch bridge over Breakfast
Creek, Brisbane, c. 1887 [40].

Figure 9: Remains of Breakfast Creek Bridge in c. 188889. The laminations of the arches can be clearly seen in
the damaged arch to the left of the photo [41].
4.3 SOUTH AUSTRALIA (SA)
In SA the idea of laminated arch timber bridges
seemingly first appears in an unbuilt design of 1851 for a
city bridge in Adelaide, by Freeling and Hays. It was to
have consisted of seven bowstring arches, each of a clear
span of 15.1 m. [42]. The subsequent popularity of this
bridge form in South Australia may have been due to the
first that was built, a pedestrian bridge over the Torrens,
survived when (in 1856) three of the other four bridges
over the river had been swept away.
The genre of laminated timber arch road bridges in SA
began with Light River (Kapunda, 1856) and ended with
Gawler River (Angle Vale, 1876). The Kapunda Bridge
consisted of 12 laminated ‘red deal’ arches, four in
parallel in each of three spans. It was said to have “a
light and pretty appearance… three arches are bent to a
segment of a circle of sawn timber, bolted together, with
the ends resting on iron work and tied to the abutments,
the girders being latticed” [42]. The Gumeracha Bridge
(Gawler River, 1857) had one of the largest single arch
spans of 30 m, in four parallel laminated ribs (ibid, p.
226). The specification for the bridge over the
Onkaparinga River (Clarendon, 1858) called for arch
ribs of 24.4 m span and versed sine of 3.7 m. Each rib
was 760 mm deep by 460 mm wide, fastened through
with wooden trenails at 1.2 m intervals and bolted with a
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pair of iron bolts and coupling straps at 1.5 m intervals
[8]. They were built up of 12 layers of red deal planks,
each 64 mm thick, dressed and bedded in boiling hot
pitch, tar and strong brown paper. The effectiveness of
this method of waterproofing is doubtful and may have
been deleterious.
In total, approximately 20 laminated timber arch bridges
have been identified in SA as being built in the period
1856-78 with a span range of 10-30.4 m. The average
‘natural’ life span was about 30 years. There were
different influencing factors in SA to other eastern states,
these being limited availability to high quality native
hardwood forests. River red gum (Eucalyptus
camaldulensis) was main local species used, but the
irregular grain and durability problems made it
unsuitable. Imported ‘red deal’ (Scots pine or Pinus
sylvestris) was also used, but not found to be durable
under Australia’s harsh climatic conditions. When local
timbers were used they were not seasoned. Another
influential factor in SA was the comparative economics
of imported timber-v-local ironwork. Timber provided a
stop-gap until iron became more competitive for bridges.
Because of these conditions a number of innovations
were adopted in SA including vertical laminations and
then covering the topside with sheet iron to protect the
laminations from water ingress [26]. There is no
evidence of vertical laminations or covering being
adopted in other states, so this appears to be unique to
SA. Indeed, the two extant vertically laminated arch
bridges [Currency Creek (Figure 7) and Angle Vale
(Figure 10)] are the sole surviving ones of its type in SA
and some even say in the World [26]. However, this
claim is yet to be confirmed.

Two of the earliest laminated timber arch bridges were
constructed on the northern side of the island, the first
over the Mersey River (Latrobe, 1855). This was washed
away in a flood in 1878 and was replaced with another
arch bridge soon afterwards [44]. In this case, the bridge
deck was covered with gravel and metal (Figure 11),
presumably to provide a smoother rising surface, and
perhaps believing that the timber deck would be
protected from the elements, but doubtless this
contributed to degradation of the underlying timber. This
bridge in turn was replaced with an iron bridge in c.
1902 [45]. The second was a single span bridge of 37.8
m over the Forth River (Hamilton-on-Forth, 1867 [28]).
The largest bridge built in Tasmania comprised five 27.4
m spans over the Huon River (Huonville, c. 1876) [11]
(Figure 12). It was replaced by a timber Howe truss
bridge in 1926 [46].
Other laminated timber arch bridges in Tasmania
included the Plenty Bridge [11], Cam River (1877) and
Meander River (Westwood, 1878) [47]. However, none
of these matched the overall size and grandeur of the
largest laminated arch bridge in Australia at Huonville.
Most of the horizontally laminated timber bow-string
arch bridges built in Tasmania were supported on stone
piers and the arch timbers were of local Blackwood
(Acacia melanoxylon). Blackwood has been described as
one of the best Australian hardwood species for bending
[48]. Spans ranged from 27.4 to 37.8 m. The arches were
typically 300 mm wide comprising 75 mm laminates up
to 600 mm overall depth. However, little else has been
found in the literature or newspaper articles of the time
of more detailed construction methods, apart from a
drawing of the Plenty Bridge [11].

4.4 TASMANIA

4.5 VICTORIA

Historically, Tasmania developed in parallel with NSW
as a penal settlement and was often used as a staging
point for sailing ships on the voyage between NSW and
Britain. Agricultural development was the prime
commercial imperative and to this end access had to be
provided to prime agricultural areas, principally south of
Hobart and on the northern side of the island.

Victoria had a relatively small province of large truss
timber bridges and particularly laminated timber arch
bridges. The flurry of mining activity shortly after selfgovernment in 1851 brought more prosperity than other
states. Local autonomy came earlier to Victorian
communities than most other colonies, which meant that
there was no central expert body, such as the Dept of
Public Works in NSW [7]. Infrastructure, such as
bridges, fell within the purview of local authorities, but
they lacked financial resources and technical expertise to
undertake larger works. Melbourne City on the other
hand was financially well disposed and could marshal
necessary expertise, consequently most of the bridges
were built in and around Melbourne, apart from that over
the Colbin River (Malmsbury, 1857) [49]. Laminated
timber arch bridges did not appear to be popular in
Victoria, with iron and masonry being more common,
which could have been because of the relative
prosperity. Additionally, the terrain of Victoria was
much flatter than most other states and substantial rivers
did not have to be crossed in populated areas, apart from
the Yarra River, on which Melbourne was founded.

Figure 10: Vertically laminated spandrel arch bridge at
Angle Vale, SA c. 1876 showing the metal sheet covering
over the top of the arch and massive masonry buttress
abutments to distribute horizontal thrust forces [43].
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Figure 11: Two-span laminated timber arch bridge over
Mersey River at Latrobe, Tasmania after it was
constructed in c. 1878. Note the metal and gravel
covered deck. This bridge was in turn replaced in c.
1910 [50].

bridges: (1) there is no evidence of any being built in
Queensland or WA; (2) SA has the greatest province of
these bridges with some 20 being built; (3) the span
range was from 18.3 m to 38.1 m; (4) the average life
span was less in Victoria than the other colonies (c. 2025 years compared with 30 or more years for NSW and
SA).
Figure 13). However, the panels were divided by a nearhorizontal web, intermediate between the horizontal
deck and supporting arch. This gave a cellular effect, and
must have been inspired by the Greens’ Ouseburn and
Willington Dene viaducts of 1838, which were made up
of similar spans. The bridge lasted 42 years in service,
but early on required additional pier supports to prop the
arch.
4.6 WESTERN AUSTRALIA (WA)

Figure 12: Five-span laminated timber bow-string arch
bridge at Huonville, Tasmania, c. 1878 [51].
There was a relatively short period in the mid-1850s
where timber road bridges were constructed, but even
then a number of these were over railway lines.
Concurrent during this period was the roll-out of the
railway network in Victoria which occurred quite rapidly
and took priority over any road network, because road
transport was still relatively unsophisticated at this time
[7]. Consequently there were only about six horizontally
laminated timber arch spandrel bridges built in Victoria
in the mid-19th century. They ranged in span from 18.3
to 26.8 m. Laminations usually comprised 300 x 75 mm
thick sections which were secured by iron straps and
trenails. Decks generally comprised 75 mm thick planks
laid in two layers, firstly diagonally and then at right
angles [49].
Studley Park (‘Penny’) Bridge (Yarra River, Melbourne,
c. 1857) was a private toll bridge built to the design of
Austin, which had a spandrel form (4.6 WESTERN
AUSTRALIA (WA)
O’Connor [53] lists only one laminated timber arch
bridge in Western Australia, that being over the Avon
River at York, which was reputedly constructed in 1859.
It had an arch span of 30.5 m with 28 x 6.1 m approach
spans on one side and 10 spans on the other side.
However, recent advice indicates that, whilst this bridge
was planned and designed, it was not built (Personal
communication, L. Margetts, email of March 10, 2016).
There is no other evidence of laminated timber arch
bridges being built in WA.
A summary of laminated timber arch bridges built in the
Australian colonies between 1852 and 1890 is shown in
Table 2. It will be noted that with respect to such

O’Connor [53] lists only one laminated timber arch
bridge in Western Australia, that being over the Avon
River at York, which was reputedly constructed in 1859.
It had an arch span of 30.5 m with 28 x 6.1 m approach
spans on one side and 10 spans on the other side.
However, recent advice indicates that, whilst this bridge
was planned and designed, it was not built (Personal
communication, L. Margetts, email of March 10, 2016).
There is no other evidence of laminated timber arch
bridges being built in WA.
A summary of laminated timber arch bridges built in the
Australian colonies between 1852 and 1890 is shown in
Table 2. It will be noted that with respect to such
bridges: (1) there is no evidence of any being built in
Queensland or WA; (2) SA has the greatest province of
these bridges with some 20 being built; (3) the span
range was from 18.3 m to 38.1 m; (4) the average life
span was less in Victoria than the other colonies (c. 2025 years compared with 30 or more years for NSW and
SA).

Figure 13: Studley Park (“Penny”) Spandrel Bridge,
Yarra River, Melbourne [52]

5 TECHNOLOGICAL DIFFICULTIES
5.1 BENDING LAMINATES
Because timbers are a fibrous material they can tolerate
considerable distortion without splitting. Two similar
methods were commonly used to create the curved
laminates needed to form bridge arches: (1) drive a set of
paired pegs (the thickness of the laminate apart) in a
pattern defining the curve then insert the laminate
between the end pair of pegs and gradually bend the
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planks to fit between succeeding pairs of pegs. The plank
can be left there to allow the fibres to creep so there’s no
elastic recovery when the plank is released; or (2) for
stronger timbers such as ironbark, a plank could be
placed on a curved metal bed in a steam chest, then as
the timber relaxed weights or clamps were used to force
the plank down onto the curve plate, at release there will
be negligible elastic recovery.
5.2 DURABILITY
Laminated timber arch bridges experienced problems in
the ribs, which were highly susceptible to decay. These
bridges also suffered from the disingenuous practice of
inserting tarred paper between the laminations to prevent
water ingress. Rendel (1799-1856) noted that in his
experience with English bridges, this practice not only
created a moisture trap, but also prevented the laminates
from interacting, thus affecting long-term stiffness.
Rendel also suggested that joints should be covered with
lead, although there is very little evidence of this being
done in practice. Tar was frequently used as a protective
agent, but there is little evidence to suggest whether this
practice was detrimental to the joints or not [54].
Certainly this practice was followed in more
contemporary timber bridges (particularly in North
America) with the use of creosote (a tar derivative), but
this was applied to the finished laminated product, not
before laminating.
Table 1: Summary of laminated timber arch bridges
built in Australian colonies1852-90
Colony
(type of arch)

Period
built

No.
built

NSW
(bow-string)
NSW
(spandrel)
Queensland
(bow-string)
SA
(spandrel)
Tasmania
(bow-string)
Victoria

1852-65

8

1863-82

5

1858

1

1856-76

20

1855-78

c. 11

1856-58

c. 6

Span
range
(m)
18.327.4
19.824.6
18.330.4
27.437.8
18.338.1

Average
‘natural’
lifespan
(years)
45
36
30
30
c. 35
20-25

6 LOCAL DEVELOPMENT AND
COMMUNITY PRIDE
Many of the early bridge opening ceremonies were
significant community events reported widely and
descriptively in the press of the day. Such events often
comprised bridges festooned with flags (Union Jack) and
native floral tributes. They were accompanied by
numerous and sometimes lengthy speeches followed by
rounds of toasts [30, 47, 55].
Most of these bridges were constructed before the arrival
of railway, or were in areas where rail would not
eventuate. Those that preceded rail were usually built as

somewhat ‘temporary’ measures until such time as rail
arrived or until the cost of imported iron dropped
substantially (as was the case in SA). The intention of
governments was then to replace these timber structures
with more durable iron bridges. However, some of the
timber structures endured for up to 40 years, which
resulted in quite cost-effective structures. In fact, many
endured long enough to skip being replaced by iron and
were replaced by steel or even concrete structures in the
early 20th century (e.g. Shark Creek and Palmers
Channel in NSW). Nevertheless, the political imperative
in most cases was to open up timely means of
communication to supply early settlers and for them to
transport their produce to markets, thereby encouraging
earlier and more intensive development of burgeoning
agricultural areas. This growth then addressed the
political and commercial imperatives at the time of
closer settlement and increased agricultural production
and resultant returns for investors.
Communities were very proud of ‘their’ bridge and the
opportunities that improved communication brought to
the local area. Therefore, they were very forthright in
hosting gala opening ceremonies that were befitting of
the importance of such investment in their communities.

7 WHY DIDN’T TIMBER ARCH
BRIDGES CONTINUE?
Given the innovative use of materials and technology of
the time it is somewhat perplexing as to why laminated
timber arch bridges did not continue to progressively
improve and be adopted more widely. However, it is
believed that a number of factors contributed to their
demise, not the least of which included: (1) failure to
adequately address sway problems in bow-string arches
(e.g. replacement of bow-string arch bridge over South
Creek, Windsor NSW with iron bridge after c. 30 years)
[56]; (2) use of unseasoned timbers, which reduced
durability; (3) poor maintenance issues due to exposed
timbers leading to shrinkage and distortion (attempts to
use brown paper and tar to waterproof were only
partially successful); (4) improved technology and
design detailing of triangulated timber trusses
(particularly from mid-1890s with large span duplex
Allan truss which reduced the size and number of solid
timber members) [1], which would soon overtake
laminated arches; (5) reduced cost of imported iron and
eventual replacement with locally produced product by
1870s; and (6) scarcity of large dimensioned timber
close to site of works [Muskett in 11].
Given the significant improvement in contemporary
laminated timber technology, it is not clear why
laminated timber arch bridges are not being re-visited as
viable bridge options in Australia, as they have in
Europe. However, it is suspected that the local skill and
knowledge in designing and working with Australian
structural hardwoods has been lost at the expense of
steel, and more commonly, reinforced concrete
construction. There is also an apparent pervading belief
amongst
contemporary
maintenance
managers
(commonly referred to as ‘asset managers’) that timber is
not durable and not cost-effective compared with
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concrete. Such a belief though does not take into account
full lifecycle analysis and carbon footprint of
comparative materials. It is believed that, if such a
thorough analysis was undertaken, timber would once
again stack up very effectively against its contemporary
rivals.

8 CONCLUSIONS
This paper explored and compared a largely ignored and
poorly recognised genre of timber arch bridges in the
early Australia colonies that were strongly influenced by
European designs of the time. These bridges were
somewhat typical of the early conservative approach of
reliance on old and often outmoded designs, which
characterised other Australian timber bridge designs.
This was the raison d’etre until more innovative and
cost-effective timber truss designs were developed in
NSW.
The bridges represented by the timber arch genre were
largely modest in spans, although some exceptional
examples were built in terms of overall length (e.g. Huon
River, Tasmania and Hunter River, Singleton). From this
study, it would appear that the significant Australian
contribution to the ‘art’ was to the development of
vertically laminated spandrel arch bridges (particularly
in SA), which were no doubt more difficult to construct,
but were more durable as there were less exposed
laminate joins and they lasted longer.

[5]

[6]

[7]

[8]
[9]
[10]
[11]
[12]

ACKNOWLEDGEMENTS
The authors wish to acknowledge their respective
employers, the University of New England the NSW
Roads and Maritime for the time and resources needed to
undertake this research project and report on the results.
At a personal level, they would also like to thank their
respective families for patience and support; and at a
professional level, Dr Robert Patterson, for continued
encouragement and editing advice.

[13]
[14]

[15]

REFERENCES
[1]

[2]
[3]

[4]

Glencross-Grant, R.: The evolution of large-truss
road bridges in NSW, Australia. Engineering
History and Heritage, Institution of Civil Engineers
(ICE), UK, 165(EH2):99-111, 2012.
Coltheart, L.: A Guide to the History of the Public
Works Department, New South Wales. Public
Works Dept. Sydney, 1991.
Parliament of Victoria, Victoria's Parliamentary
History: Separation from NSW, Retrieved 29
September,
2015
from
http://www.parliament.vic.gov.au/assembly/publica
tions-a-research/fact-sheets/2462-fact-sheeti1#separation%20from%20new%20south%20%20
%20wales, 2015.
Department of Premier and Cabinet, History of
Local government in Tasmania, Retrieved 22 April,
2016
from
http://www.dpac.tas.gov.au/divisions/local_govern
ment/what_is_local_government/local_government
_in_tasmania, 2016.

[16]

[17]

[18]

[19]
[20]

Parliament of South Australia, The First
Parliament: South Australia Achieves Selfgovernment in 1857, Retrieved 29 September, 2015
from
https://www.parliament.sa.gov.au/AboutParliament
/History/TheFirstParliament/Pages/South%20Austr
alia%20Achieves%20Self%20Government%20in%
201857.aspx, 2006.
Queensland Government, Creation of a State:
Settlement, Retrieved 29 September, 2015 from
https://www.qld.gov.au/about/aboutqueensland/history/creation-of-state/, 2013.
Lee, R., Linking a Nation: Australia's Transport
and Communications 1788 - 1970, Retrieved 19
April,
2016
from
http://www.environment.gov.au/heritage/publicatio
ns/linking-a-nation, 2003.
O'Connor, C.: Spanning two Centuries: Historic
bridges of Australia. University of Queensland
Press St Lucia, Queensland, 1985.
Berger, I.: Masonry Bridges: Heritage Study of
Masonry Bridges in NSW, Roads and Traffic
Authority (RTA), NSW: Sydney, NSW, 2005.
Palladio, A.: The Four Books of Architecture. The
MIT Press Cambridge, MA, 2002.
Newitt, L.: Convicts & carriageways: Tasmanian
road development until 1880. Dept. of Main Roads,
Tasmania Hobart, Tasmania, 1988.
Warren, W.H.: Some applications of the results of
testing Australian timbers to the design and
construction of timber structures. Journals and
Proceedings of Royal Society of NSW
(J&PRSNSW), (24):129-161, 1890.
Warren, W.H.: Australian Timbers. University of
Sydney Sydney, 1893.
McMillan Britton and Kell (MBK): Study of
Relative Heritage Significance of all Timber Truss
Road Bridges in N.S.W., Roads and Traffic
Authority (RTA): Sydney, 1998.
Glencross-Grant, R.: Large road bridges in
northern NSW: 19th century evolution from timber
to iron and back again. Australian Journal of
Multidisciplinary Engineering, vol. 7 (no. 2), 2009.
Allan, P.: Highway bridge construction: The
practice in New South Wales. Industrial Australian
and Mining Standard, (14, 21, 28 August and 4, 11,
18 September):243-6, 281-8, 318-322, 356-358,
394-396, 432-436, 1924.
Shark Creek Bridge, New Reinforced Concrete
Structure, Official Opening. Daily Examiner, (1
December).
Retrieved
from
http://trove.nla.gov.au/ndp/del/article/195317943,
1916.
Self-help, Opened for Traffic, Upper Palmer's
Channel Bridge. Daily Examiner, (22 May).
Retrieved
from
http://trove.nla.gov.au/ndp/del/article/195398245
1925.
Fraser, D.J.: Timber bridges of New South Wales.
IEA Transactions, GE9(2):92-101, 1985.
Elton Engineering Books: Elton Engineering Books
Catalogue 12. Architecture and Engineering 19th

WCTE 2016 e-book | 3075

[21]
[22]

[23]
[24]

[25]
[26]
[27]

[28]
[29]
[30]

[31]
[32]

[33]
[34]

[35]

[36]

and 29th Century Reference Works. London Elton
Enginering Books London, UK, 1997.
Tarbuck, E.L.s: The Encyclopaedia of Practical
Carpentry and Joinery. A.H. Payne/J. Hagger
Leipzig, Germany, 1860.
Booth, L.G.: Timber Works, in The Works of
Isambard Kingdom Brunel: An Engineering
Appreciation, A. Pugsley, Editor 1976, Institution
of Civil Engineers (UK): London.
Booth, L.G.: Laminated Timber Arch Railway
Bridges in England and Scotland. Newcomen
Society Transactions, 44(1972):1-23, 1972.
Brees, S.C.: Railway practice: A collection of
working plans and practical details of construction
in the public works of the most celebrated
engineers ... on the several railways, canals, and
other public works throughout the kingdom. J.
Williams London, UK, 1838.
Warren, W.H.: The strength and elasticity of
ironbark timber as applied to works of
construction. JRSNSW, (20):261-275, 1886.
Stacy, W.: A history of the use of timber in South
Australian Bridge Building. J. of The Institute of
Wood Science, 10(4):160-169, 1985.
Institution of Engineers Australia, Nomination of
the Angle Vale Laminated Timber Arch Bridge for
an Historic Engineering Marker,
from
https:/www.engineersaustralia.org.au/site/default/fi
les/Angle_Vale_Bridge_Nomination.pdf, 1988.
New Bridge at the River Forth. The Mercury
(1860-1954)).
Retrieved
from
http://nla.gov.au/nla.news-article8845439, 1867.
Yass. Sydney Mail (NSW: 1860 - 1871), (May 7).
Retrieved
from
http://nla.gov.au/nla.newsarticle166805695 1870.
Hume Bridge, Yass River, Yass. The Sydney
Morning Herald (NSW: 1842 - 1954), (26
September).
Retrieved
from
http://trove.nla.gov.au/ndp/del/article/12961465,
1854.
Sorenson, E.S.: Life in the Australian Backblocks.
Currey O’Neill Melbourne, Australia, 1984.
Our Public Bridges. South Australian Register
(Adelaide, SA: 1839-1900), (18 January). p. 3.
Retrieved
from
http://nla.gov.au/nla.newarticle49745577, 1856.
Bendemeer Arch Bridge, in DMR HO file 3142 B
Roads and Maritime Services, 1874.
Thomas, I.: Laminated Timber Arch Bridges: An
Interesting Type of Road Stucture Used in the
Early Days of South Australia. Highway South
Australia, 14(2):10-12, 1976.
Engineers Australia, Nomination of the Angle Vale
Laminated Timber Arch Bridge for an Historic
Engineering Marker, Retrieved 15 Arpil, 2016
from
https://www.engineersaustralia.org.au/sites/default/
files/angle_vale_brdige_nomination.pdf, 1988.
"Bow" bridge over Yass River, Yass, NSW, Roads
and Martime: Sydney, NSW, 1869.

[37] Grant, E.: Segmented timber arch bridge over
Currency Ck on Strathalbyn-Goolwa Road, SA, c.
1873, 2005.
[38] Kerr, J.: Our Great Victorian Architect: Edmund
Thomas Blacket (1817-1883). National Trust of
NSW Sydney, Australia, 1983.
[39] Nissen, J.: Contextual History: Main Roads and
Timber Bridges. Nissen Associates Pty Ltd for
Dept of Main Roads, Queensland Brisbane,
Australia, 2007.
[40] Breakfast Creek Bridge, Brisbane, c. 1887, John
Oxley Library, State Library of Queensland (photo
neg. 100721): Brisbane, Australia.
[41] Remains of Breakfast Creek Bridge, 1888-89, John
Oxley Library, State Library of Queensland
Brisbane, Australia.
[42] Jensen, E. and R. Jensen: Colonial Architecture in
South Australia: A definitive chronicle of
development 1836-1890 and the social history of
the times. Rigby Netley, South Australia, 1980.
[43] Grant, J.: Vertically laminated spandrel arch
bridge at Angle Vale, SA, c. 1876, 2016.
[44] Fenton, J.: Bush Life in Tasmania, Fifty Years
Ago. Hazell, Watson & Viney Ltd London and
Aylesbury, 1989.
[45] The Mersey Bridge. Daily Telegraph (Launceston,
Tas.: 1883 - 1928), (26 May). p. 2. Retrieved from
http://nla.gov.au/nla.news-article153820029, 1902.
[46] Huonville. Huon Times, (19 October). p. 7.
Retrieved
from
http://nla.gov.au/nla.newsarticle136196736, 1926.
[47] Opening of the New Westwood Bridge. The
Cornwall Chronicle, (12 October). p. 2. Retrieved
from http://nla.gov.au/nla.news-article66500304,
1878.
[48] Boland, D.J., et al.: Forest Trees of Australia.
CSIRO Publishing Collingwood, VIC, 2006.
[49] The Malmsbury Bridges. Mount Alexander Mail).
Retrieved
from
http://nla.gov.au/nla.newsarticle197084916, 1857.
[50] Laminated timber arch bridge over Mersey River at
Latrobe, Tasmania, in PWP6#69 NSW Archives:
Sydney, NSW.
[51] Laminated timber bow-string arch bridge at
Huonville, Tasmania, in PWP6#70 NSW State
Archives Sydney, NSW.
[52] McAlpine Brothers: Photograph of Studley Park
Bridge, Yarra Libraries: Melbourne, Victoria,
1899.
[53] O'Connor, C.: Register of Australian Historic
Bridges. The Institution of Engineers, Aust. and
The Australian Heritage Commission Canberra,
1983.
[54] Bill, N.A.: Design and construction deficiencies of
timber railway bridges. 182-195, 2014.
[55] Bathurst—The Eglington Bridge. The Sydney
Morning Herald (NSW: 1842 - 1954), (26 May). p.
8. Retrieved from http://nla.gov.au/nla.newsarticle12978550, 1856.
[56] Fraser, D.J.: The first sixty years of metal bridges
in New South Wales. IEA Transactions, GE10(1),
1986.

WCTE 2016 e-book | 3076

Historical Timber Connections
Andreas Müller1, Maurice Brunner2, Mareike Vogel3, Stefan Lang4, Elisabeth Naderer5
ABSTRACT: One major difficulty encountered by engineers during the refurbishment of historical timber buildings is
the fact that the design of many old connections is seldom properly regulated in current standards. As a precaution, their
load-bearing and stiffness capacities are usually grossly underestimated. The over-strengthening leads to higher costs.
The aim of the paper is to present a research work done on the load-bearing capacity and the stiffness of historic timber
connections. Starting with an extensive literature study, the research includes both analytical and experimental work.
The research results are summarized in guidelines for the restoration of historical timber buildings.
KEYWORDS: Connections, Historical, Old buildings, Strength, Stiffness

1 INTRODUCTION 123

2 PROJECT OVERVIEW

Historical buildings make an important contribution to
the identity of a region. They are often recognized as
part of the cultural heritage and therefore worthy of
being conserved for future generations. Current design
standards offer feeble guidance for the calculation of
traditional carpentry connections. Cautious engineers
often assume very low values for the load-bearing
capacities and stiffness. The resulting over-strengthening
can adversely affect the aesthetics and increase costs.

Table 1: Overview of the studied connections

1 „Compression connection“

2 „Step joint“

The aim of the paper is to present selected results of a
long-term research project on the load-bearing capacity
and stiffness of traditional, historical timber connections.
The project starts with an extensive literature study.
Many of the consulted publications included loading
tests which were used to verify design proposals. Some
researchers developed new calculation methods from the
tests performed by other researchers, and some refined
available calculation models. Where the authors of this
paper recognized some missing gaps – for example with
regard to the size of the test specimens – they performed
some new tests to complement the available, published
results, and in some cases to verify or scrutinize some
proposed calculation models. The authors also studied
modern design standards, looking for explicit calculation
models, which were scrutinized. The evaluation of the
literature sources and standards helped the authors to
develop design proposals for the load bearing capacity
and the stiffness of selected, historical timber
connections. It was planned to develop guidelines for
professionals involved in the restauration of historical
timber buildings.

3 „Skew Peg joint”

5 “Batten joints“

6 “Tensile joint“
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4 „Horizontal peg“

7 “Timber nails“

8 “Iron parts“
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Table 1 gives a good overview of the historic timber
connections which have been studied in the research
project ([1], [2]). This paper will exemplarily summarize
the results obtained for two selected connections:

16

Failure load per wooden nail and shear joint

14

Timber nails
Skew peg joints

3 TIMBER NAILS
The research results concentrate on wooden nail
connections, as shown in Figure 1. Figure 2 shows how
wooden nails have been used in a historic building.

Failure Load [kN]

•
•

decided to recommend a design range for the loadbearing capacity of wooden nail connections (Figure 4).

12
10
8
6
4
2
0

20

22

24
26
28
30
Diameter of wooden nail [mm]

32

Figure 4: Recommendation of a design range for wooden nail
connections

4 THE SKEW PEG JOINT
DESCRIPTION

Figure 1: Selected types of historic wooden nails [3]

The skew peg joint was often used in historical timber
structures between the floor beams and the rafters, and
also between the column and the angle brace. The main
parts are depicted in Figure 5.
A very common peg type was the central inclined (or
“skew”) peg with a length equal to the beam height and a
width 1/3 of the smaller width of the connected beam/
strut. The peg height was chosen according to the depth
of the peg hole which could be cut, and it was generally
less than 10cm. The connection angle was typically 30 60°. The research work was limited to these geometrical
constraints.
Figure 2: Wooden nails in the roof structure of the Church of
Kaiserstuhl [4]

The literature study revealed different recommendations
for the design load as a function of the nail diameter. As
shown in Figure 3, the design approaches proposed by
[5] and [6] for example differ significantly from the rule
described in the Swiss standard [7].
6000

Blass fmk=61 N/mm2
Görlacher
Görlacher (adjusted)
SIA 269/5
SIA 269/5-Approximation

Design load [N]

5000
4000
3000
2000
1000
0

0

10
20
30
Diameter of wooden nail [mm]

40

Figure 3: Contradicting recommendations of different authors
for the design load of wooden nail connections
Figure 5: Parts of the skew peg

The authors made a careful evaluation of published
experimental and numerical test results before they

In a skew peg connection, the load is transmitted over
the compression contact between the end face of the peg
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and the end face of the flange adjacent to the peg hole.
The peg is loaded at an angle to the grain, whilst the peg
hole is loaded parallel to the wood grain of the flange. If,
after the peg hole, the length of the flange is less than
20cm, the flange is likely to suffer shearing-off failure.
4.2

study the influence of the member sizes. He arrived at
stiffness values of CN ≈ 60 - 90 kN/mm.

LITERATURE ON THE SKEW PEG

4.2.1 Overview
In 1936, Staudacher published some experimental
research with timber members at the Swiss Federal
Institute of Technology in Zurich ([8]). He also tested
the skew peg connection. His results indicated increasing
load-bearing resistance with increasing connection angle
and cross section of the timber member. He also
documented increasing connection stiffness with larger
widths and cross sectional areas of the test specimens
and listed stiffness values of Ctot ≈ 20 – 40 kN/mm.
In his PhD thesis, Köck described the load-bearing
behaviour and the expected force-displacement-line of
skew peg connections ([9]). He did not perform any
loading tests, but rather referred to work done by Möhler
([10, page 215]), which was adopted by the German
standard ([11]), and also used in other publications ([12,
p. 200]) and ([13, p. 101]). Köck’s model was concerned
with the material properties and the geometrical situation
of the timber members concerned. His results showed
that the load-bearing capacity of the connection would
decrease with increasing angle of the connection. He
also arrived at the conclusion that the load-bearing
capacity would increase almost linearly proportionally
with increasing dimensions of the peg and the
flange/strut sizes. With regard to the stiffness of the
connection, he arrived at values between C ≈ 15 – 50
kN/mm. The stiffness would decrease with increasing
connection angle.
In his PhD thesis at the University of Kassel, Koch
investigated the load-bearing behaviour of skew pegs
with a vertical end face ([14]). He later also published
guidelines for planners ([15]). Koch gave a useful
overview of the general load-bearing behaviour of
historical connections, with an emphasis on the skew
peg. The main aim of the work was to determine the
load-bearing capacity of skew pegs using a series of tests
and numerical analysis. Koch described three main
failure mechanisms: first compression failure (of either
peg end surface or contact surface of flange), then shear
failure (rolling shear of the peg, or shearing of the
flange) and finally bending failure of the peg (Figure 6).
The rolling shear failure mechanism was his personal
discovery. He developed calculation formulae for the
three different failure mechanisms, taking into account
the peg size and the flange geometry. An evaluation of
his formulae reveals that the connection resistance
increases with increasing angle between the strut and the
flange. Koch also studied the stiffness of the connections
as a function of the connection angle. He showed that the
stiffness did not vary much with the angle. He did not

Figure 6: Failure mechanisms, top to bottom [Koch, 2010]:
compression failure (left: end face of peg, right: surface of
flange); shear failure (left: rolling shear of peg, right: shearing
of flange); bending failure of peg/strut.

Holzer has written a book with recommendations about
the load-bearing capacity and the stiffness of skew peg
connections ([16]). His work is based on an analysis of
published test results (he himself did not perform any
tests). He also arrives at the general conclusion that for
larger angles, the load-bearing capacity of the connection
as well as the stiffness would be greater than for smaller
angles. He did not study the influence of the size and
geometry of the members. He recommended as stiffness
of the connection the value C ≈ 20 – 60 kN/mm.
4.2.2 Evaluation of the literature study
The literature study reveals that the most important
factors for the load-bearing capacity and the stiffness of
skew peg connections could be listed as follows: overall
dimensions of strut and flange, details of the peg, the
shearing-off length of the flange, and the connection
angle. Other factors would be the timber species, the
material properties, friction and the definition of the
failure mechanism itself.
It is quite difficult to make a direct comparison of the
different calculation models and the theoretical failure
loads they predict, because the various models consider
different parameters and the parameters are often
assessed differently. The models were developed at
different time periods when different standards were
used. In some cases it was possible to calculate the
theoretical failure loads to the modern design level of
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ultimate load. This was possible for cases where the
formulae listed the material properties: these could be
simply changed to the design level listed in modern
codes. In some cases, when the (old) permissible load
was given, the modern design load could be estimated by
multiplying with the factor FRd/Fzul≈1.4. Koch ([14]) lists
actual failure loads, which could not be calculated to the
design level: Fmax was estimated with his calculation
formulae, which led to rather conservative values.
For comparison purposes, the different calculation
models were applied on five different peg sizes with
three different sizes of the struts (the peg width was
always 1/3rd of the strut width: bz = b/3). The flange
dimension was not studied as a parameter.

5 TEST SERIES OF THE BFH ON THE
SKEW PEG
As shown in Chapter 4 above, the analysis of the
existing literature discloses inconsistencies because the
different researchers often left out relevant parameters.
Tests were carried out within the framework of the
ongoing research work to close the missing gaps.
5.1 Test set-up
Figure 7 shows the definitions and descriptions of the
test specimens.

Table 2 gives an overview of the calculated results at
design level for the selected models. Koch’s model gives
the lowest connection strength. Köck’s model ([9])
yields the highest values. Staudacher [8] lies in between.
Table 2: Connection strength at design value according to the
different calculation models.
Series Nr:

A

B

C

D

E

Strut width

bSt [mm]

100

160

160

160

140

Strut height

hSt[mm]

100

160

160

160

200

Peg width

bz [mm]

33

53

53

53

47

Peg height

hz [mm]

50

70

70

70

100

Angle

α [°]

45

30

45

60

45

Staudacher [8]

FRd [kN]

18

31

42

38

46

Figure 7: Definitions and geometry of test specimens

Köck [9]

FRd [kN]

21

62

53

46

60

Koch [14]

FRd [kN]

10

27

26

31

35

The materials and the specimen sizes were selected to be
representative of the skew peg connections which are
observed in historical roof structures:

Holzer [16]

FRd [kN]

‐

‐

‐

45

‐

Similar calculations were carried out for the stiffness of
the peg connections. In Table 3, the dimensions of the
test specimens are the same as in Table 2. The stiffness
values show a heterogeneous picture: the predictions
often seem to contradict each other. The last entry in the
table shows a test result which was carried out by the
authors to supplement the data (see the next chapter).

•
•
•
•
•
•

Table 3: Stiffness values of peg connections according to the
different calculation models (C values in kN/mm).
Series Nr.:

A

B

C

D

E

Staudacher [8]

16

32

32

32

32

Köck [9]

12

34

29

27

33

Koch [14]

85

95

85

60

85

Holzer [16]

20

20

20

60

20

BFH [1]

32

hStr.= 180 mm

5.2

Material: Spruce, grade S10 according to DIN
4074-1
Strut and flange width: b = 140mm
Strut and flange height: h = 180mm
Peg width: bZ = 47mm (b/3)
Height of peg contact face: tv = 60mm (h/3)
The peg hole (mortise) is 4mm wider than the peg
width of bz=47mm. The surface of the peg was in
contact with the flange wood of the mortise: at the
back was 4mm air space. The larger size of the
mortise was to ensure that there was no need to
force the peg inside. The mortise was also 20mm
deeper that the height tV=60mm of the peg, in order
to avoid the peg sitting on the flange.
EXPERIMENTAL RESEARCH

There were six test series with five specimens each: a
total of 30 tests were carried out. Two main parameters
were tested: the angle between strut and flange was
varied (30°/45°/60°), and the shearing length of the
flange after the mortise was varied with 100 mm, 150
mm, 200 mm und 500 mm.
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Fmax
150.0
Force [kN

The test specimens were prepared and tested with a
moisture content of about 12%. In all the tests there was
no attempt to suppress frictional forces. Up to 50% of
the expected maximal load, the force was increased at
0.5kN/s, after which the test specimen was loaded at
constant speed (2mm/minute) till failure (Figure 8).

100.0
50.0
0.0

Fmax
Serie Serie Serie Serie Serie Serie
1
2
3
4
5
6

Figure 9: Comparison of the maximum loads obtained

The test results can be summarized as follows:
Influence of the shearing-off length LV of the flange:
When the shearing-off length was 100mm, all the
specimens failed in flange shear. In the test series with
LV=150mm and 200mm, one such failure among the 5
specimens of each series was observed. When LV was
500mm, no flange shearing was observed.

Figure 8: Test set-up

5.3

TEST RESULTS

The test results are listed in Table 4 apart from the
failure loads (and the derived 5%-fractal loads) the
observed failure mechanism is also described.
Table 4: Maximum loads, 5%-fractal values and the observed failure
mechanism. Premature test stop before failure: (*) load at w=3mm,
(**) load at w = 8mm
 [°]

Lv
[mm]

Fmax
[kN]

5%fractal
Fk [kN]

Serie 1

30

500

71 - 110

53.6

Serie 2

45

500

88 - 118

69.2

Serie 3

60

500

81 –
102(*)
116 –
148(**)

97.5(**)

Serie 4

45

100

87 - 101

83.1

Serie 5

45

150

84 - 106

73.1

Serie 6

45

200

81 - 105

74.9

Influence of the connection angle:
The connection angle was varied: 30°, 45° and 60°.
Apart from the test specimens which suffered flange
shear failure, all other specimens exhibited an elasticplastic loading behaviour. The failure load could not be
precisely determined because the measuring devices had
to be removed when the connection displacement
attained 8 mm. The large displacement was due to the
compression of the front surface of the peg. Although the
failure force could not be measured, the cause of failure
was observed to depend upon the connection angle as
follows:
•

Failure
mechanism
Bending
Peg: front edge
Bending
Peg front edge
Compression of
flange surface
Flange shearingoff (LV)
Bending
Peg front edge or
Flange shearingoff (LV)
Bending
Peg front edge or
Flange shearingoff (LV)

Figure 9 shows that the maximum loads for the test
series 1, 2, 4, 5 and 6 were all about the same. The test
specimens of test series 3 yield about 30% higher loads:
this may be due to the ductile failure mode).

•

When the angle was 30° and 45°, failure was
observed to be due to bending of the peg, with
failure occurring where the peg enters the
bigger body of the strut. This was often
combined with a rolling shear failure of the peg
at its strut base.
In the test specimens with an angle of 60°, no
bending failure of the peg was observed. The
indentations due to the compression of the
contact areas of peg and flange increased
unabatedly.

Figure 10 - Figure 13 illustrate the above described
failure mechanisms.

Figure 10: Failure mechanism compression of front face of
peg (left: test specimen 4-1); bending failure at peg head
(right: test specimen 1-4)
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The stiffness is observed to decrease with increasing
angle between strut and flange.
The stiffness values were between C ≈ 26 –40 kN/mm,
which leads to an average value of 34 kN/mm.

6 SKEW PEG: RECOMMENDATIONS

Figure 11: Shear failure of peg (test specimen 5-1)

6.1 OVERVIEW

Figure 12: Failure mechanism rolling shear of peg at its strut
base (left), compression of flange surface (test specimen 3-3)

Figure 13: Failure mechanism shearing-off of flange (test
specimen 4-1)

In this chapter, the authors will discuss the results of
their
research
findings
and
make
simple
recommendations for quick calculation estimates.

Stiffness:
Figure 14 shows a typical force/displacement -diagram
of the test series 1.

Force [kN]

Series 1: force/displacement‐diagram
150
140
130
120
110
100
90
80
70
60
50
40
30
20
10
0

1.1
1.2
1.3
1.4
1.5
0

2

4

6

8

Our evaluations indicate that the model developed by
Koch ([14]) gives the best description of the skew peg,
and his method is more in line with the latest standards.
However, the application involves a time-consuming
calculation programme with a table and hence there is
the risk of calculation mistakes. Furthermore, the
formulae were developed for a given set of frame
conditions such as geometry of the members, and he
neglects the possible influence of a shearing-off length
of the flange. Finally, he investigated rather small peg
sizes, which do not correspond to the larger sizes used in
historical buildings. Thus, in cases where the connection
at hand does not fulfil all his assumptions, the
calculation model may give misleading results.

10

Displacement [mm]

6.2

LOAD-BEARING CAPACITY

6.2.1 Influence of the connection angle α
It seems reasonable to assume that the load-bearing
capacity of the peg will increase with increasing
connection angle between strut and flange. The greater
the angle, the less the peg will be loaded: at 90°, the full
force is between the strut and the surface area of the
flange: the peg is not loaded at all!
Apart from Köck ([9]), all the different calculation
models predict increasing loads with increasing angle:
this prediction is also confirmed by the BFH test results.
The BFH test results also show that the failure mode is
influenced by the angle: for angles of 30° and 45°, the
peg itself or the mortise failed. For an angle of 60° (and
larger), failure was induced by the strut pressing down
on the flange surface perpendicular to the grain.

Figure 14: Force displacement-diagram of test series 1

The slopes of the force/displacement-diagrams were
evaluated to yield the stiffness values listed in Table 5.

6.2.2 Influence of the shearing-off length of the
flange

Table 5: Stiffness values of the skew peg connections

If the length of the flange in front of the peg is too short,
then the flange might suffer shearing-off failure. In all
the published test results which were studied, the authors
had avoided this danger by selecting a very long flange
member. Thus, strictly speaking, the results are only
valid for pegs in a continuous flange. There are many
examples of historical buildings where the peg is
actually found at the end of the flange.

Series 1


[°]
30

Lv
[mm]
500

CMW
[kN/mm]
40.0

Series 2

45

500

36.6

Series 3

60

500

33.2

Series 4

45

100

31.7

Series 5

45

150

33.9

Series 6

45

200

26.6

It was only in the BFH test series that flanges with short
shearing-off lengths were investigated. It was observed
that a shearing-off length below 20cm might lead to
premature shearing-off failure.
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6.2.3 Influence of the peg contact area
The test series and the theoretical models of all the
authors ([8], [9] and [14]) indicate that the load-bearing
capacity of the skew peg increases with the contact
surface area of the peg. The BFH tests confirm these
findings. Indeed, the analyses of the BFH researchers
indicate that for many practical cases where the
connection angle is less than 60°, the load-bearing
capacity FRd of the skew peg can be estimated with the
following simple formula, which is valid for spruce
members, since they were used in all the studies:
∙
with:
APeg-surface: area of peg in contact with mortise [mm2]
fcd ≈ 6.7 N/mm2: “Resistance” of peg contact surface.
6.3

STIFFNESS

The literature studies included tests where the stiffness
of the connection in kN/mm was determined for various
parameters. The stiffness was determined in either the xor the y-direction, or in a few cases, as a function of the
relative motion between strut and flange. For modelling
and calculation purposes of the structure, the stiffness in
the x-direction (parallel to the flange) is the more
relevant factor. Hence the stiffness values given by the
authors were recalculated in the x-direction. The authors
all performed tests with small specimens with width
smaller than 120mm. The BFH has supplemented the
test data with larger test specimens: an extrapolation of
all the data can lead to values for very large practical
members.
For many practical cases, where the connection angle is
less than 60°, the connection stiffness in the x-direction
can be estimated with the following value:
30

/

7 CONCLUSIONS
The research work was concerned with the load-bearing
behaviour of historic carpentry connections. It was
conceived to contribute new aspects to the published
research work of the past, in particular, to evaluate the
research results and where necessary to supplement test
results and to adjust existing calculation methods or to
propose new formulae. Of the eight different types of
connections which were actually researched, two were
selected for exemplary presentation in this paper.
The relevant literature on the subject was scrutinized for
test results and calculation models. The relevant contents
and predictions of the design models were worked out
and evaluated. Where necessary, the researchers carried
out further tests to complement the existing data.
Timber nail connections can be observed in historical
buildings as single or double lap joints. Generally the
nails are of oak, and they are embedded in spruce

members. The evaluation of the many published design
recommendations showed some inconsistencies. A
simple design range for the resistance of the timber nails
was recommended to even out the discrepancies of the
prominent authors.
In the more complex case of the skew peg, the literature
review revealed many discrepancies and disagreements
between the results of the various authors. The
researchers saw the need to supplement the existing test
data in order to close design gaps, particularly for the
larger size members which are more common in
historical buildings. The most important finding was that
when the connection angle between strut and flange was
less than 60° - which is the general case in practice - the
load-bearing behaviour was largely determined by the
peg geometry; in particular, the load-bearing resistance
was almost linearly proportional to the surface contact
area of the peg against the mortise (peg hole). Thus it
was possible to derive a very simple formula to estimate
the load-bearing capacity of the skew peg.
Guidelines have been developed for structural engineers
and other professionals involved in the restauration of
historical timber buildings.

ACKNOWLEDGEMENT
The Swiss Foundation for the Promotion of the
Preservation of the Built Heritage (Stiftung zur
Förderung der Denkmalpflege) generously supported the
research project with a grant in connection with their
annual Theme for 2015: „Science and Technology in the
Preservation of the Built Heritage“.

REFERENCES
[1] Müller A., Vogel M., Lang S., Sauser F.: Historische
Holzverbindungen - Untersuchung des Trag- und
Lastverformungsverhaltens von historischen
Holzverbindungen und Erstellung eines Leitfadens für
die Baupraxis (Historical Timber Connections:
Research on the Load-bearing Behaviour and
Development of Guidelines for Practical Design).
Forschungsbericht (Research Report), Berner
Fachhochschule, Biel, 2016.
[2] Müller A., Vogel M., Lang S., Sauser F.: Historische
Holzverbindungen - Untersuchung des Trag- und
Lastverformungsverhaltens
von
historischen
Holzverbindungen und Erstellung eines Leitfadens für
die Baupraxis (Historical Timber Connections:
Research on the Load-bearing Behaviour and
Development of Guidelines for Practical Design);
Leitfaden (The Guidelines), Berner Fachhochschule,
Biel, 2016.
[3] Ingenieurbüro für Holztechnik (Consulting Office for
Timber Technology), Dipl.-Ing. (FH) Guido Eichbaum,
Eberswalde (http://www.holztechnikservice.de/holzbau/zimmermannsmäßigeverbindungen-holznägel/; April 25, 2016)
[4] Scharmacher F.: Ingenieurmässige Analyse
barockisierter Kirchendachstühle. (Engineering

WCTE 2016 e-book | 3083

Analysis of Baroque-style Church Roof Structures);
Master Thesis, Berner Fachhochschule. Biel, 2014.
[5] Görlacher R: Historische Holztragwerke: Untersuchen,
Berechnen und Instandsetzen (Historical timber
structures: inspection, calculation and refurbishing).
Included in the publication of Wenzel F. and
Kleinmann J. for the Special Research Action 315
“Preservation of historically significant structures”),
University of Karlsruhe, 1999.
[6] HJ Blass, H. Ernst, H. Werner: Verbindungen mit
Holzstiften - Untersuchungen über die Tragfähigkeit
(Timber Nail Connections: Research of the LoadBearing Capacity); Bauen mit Holz (Timber
Structures) 101, Heft 10, S. 45–52, 1999.
[7] SIA 269/5:2011: Erhalten von Tragwerken – Teil 5:
Holzbau, (Conservation of Structures – Part 5: Timber
Structures); Hrsg. Schweizerischer Ingenieur- und
Architektenverein (Swiss Engineering & Architects);
Zürich, 2011.
[8] Staudacher E.: Der Baustoff Holz, Beiträge zur
Kenntnis der Materialeigenschaften und der
Konstruktionslehre (Timber as Structural Material:
Contribution to Knowledge of the Material Properties
and Structural Design); PhD-Thesis, ETHZ, 1936.
[9] Köck B.: Barocke Dachwerke: Konstruktion und
Tragverhalten (Baroque Roof Structures: Conceptual
Design and Load-Bearing Analysis); PhD-Thesis.
Institut für Mathematik und Bauinformatik Universität
der Bundeswehr München, 2011.
[10] Möhler K.: Verschiebungsgrössen mechanischer
Holzverbindungen der DIN 1052, Teil 2 (Elastic
stiffness values for contact timber connections
according to the German Standard 1052, part 2).
Bauen mit Holz, Band 88, 206-214, 1986.
[11] DIN 1052-1: 1988-04: Holzbauwerke - Teil 1:
Berechnung und Ausführung (German Industrial
Standard 1052-1: Timber Structrues Part 1:
Calculation and Implementation); Berlin, 1988.
[12] Hauer M., Seim W., Wenzel F.: Wirklichkeitsnahe
Simulation des Tragverhaltens alter Dachstühle
(Realistic simulation of the load-bearing behaviour of
old roof structures). (Included in the publication of
Wenzel F. for the special research action 315
“Preservation of historically significant structures),
Berlin: Ernst and Sohn. 1993.
[13] Kraft S.: Zur Konstruktion und zum Tragverhalten
gezimmerter Kehlbalkendächer mit fachwerkartigem
Längstragwerk: Untersuchungen an Dachwerken des
16. bis 18. Jahrhunderts in Pirna (On the Conceptual
and Structural Design of carpentered Collar Beam
Roofs: Research on Roof Structures of the 16th – 18th
Centuries in Pirna); PhD-Thesis, Universität
Karlsruhe. Fakultät für Architektur, 1998.
[14] Koch H.: Untersuchungen zum LastVerformungsverhalten historischer Holztragwerke.
Dissertation (Research on the Load-DeformationBehaviour of historical Timber Structures); Universität
Kassel, Institut für konstruktiven Ingenieurbau;
Fachgebiet Bauwerkserhaltung und Holzbau
(University of Kassel, Institute of Structural
Engineering, Section for Structural Conservation and
Timber Structures), 2010.

[15] Koch H., Seim W.: Untersuchungen an traditionellen
Holzverbindungen – Der abgestirnte Zapfen. in
Bautechnik 89. Heft 1 (Research on traditional Timber
Connections – The Peg with vertical End Face). In the
Technical Magazine „Bautechnik „ Issue 89, Booklet
1); Ernst & Sohn Verlag für Architektur und
technische Wissenschaften GmbH & Co. KG (Ernst
and Sons Ltd., Publishers for Architecture and
Technical Sciences); Berlin, 2012.
[16] Holzer S. M.: Statische Beurteilung historischer
Tragwerke, Band 2, Holzkonstruktionen (Structural
Analysis of historical Structures, Volume 2, Timber
Structures);
Bauingenieur-Praxis
(Structural
Engineering Praxis), Ernst & Sohn, 2015.
[17] EN 1995-1-1: 2010 Bemessung und Konstruktion von
Holzbauten - Teil 1-1: Allgemeines – Allgemeine
Regeln und Regeln für den Hochbau (Design and
Construction of Timber Structures – Part 1-1:
Overview – General Rules and Rules for high-rise
Buildings); 2010.
Further Literature of interest:
Dienhardt M (1963): Die Tragfähigkeit historischer
Holzkonstruktionen (On the load-bearing capacity of
historical timber structures); Karlsruhe: Bruderverlag.
Meisel A., Bogensperger T. & Schickhofer G. (2013):
Historische Dachtragwerke aus Holz – Statische Analyse
und Tragwirkung (Historical timber roof structures –
Structural Analysis and Load-bearing Behaviour),
Bauingenieur Band 88, 61-72.
Milbrandt E. K. (1991): Holzhandbuch – Reihe 2 Tragwerk
splanung, Teil 2 Verbindungsmittel, Folge 2 Genaue
Nachweise, Sonderbauten (Timber Manual, Series 2,
Structural planning, Part 2 Connections, Chapter 2 Exact
Verifications of special Structures) Duesseldorf:
Informationsdienst Holz (Information Service Wood).

WCTE 2016 e-book | 3084

SOUNDNESS ASSESSMENT OF STRUCTURAL WOOD MEMBERS AFTER
60 YEARS OF SUBMERSION
Kaori Mimura1, Tadashi Hara2, Hideo Kato3, Akihisa Hirata4, Kosei Mitsui5
ABSTRACT: We conducted various tests to assess the soundness of logs used in civil engineering structures that had
been submerged for nearly 60 years in the reservoir of the Arase Dam in Kumamoto Prefecture, Japan. Our aim was to
clarify the soundness of wood members used in such structures along with their suitability for cascade recycling (reuse
in secondary applications). Various tests performed immediately after recovery showed very little decomposition or rot
after the approximately 60 years of submersion in water at or above the fiber saturation point. No appreciable change
over time was observed in Young's modulus, demonstrating the long-term durability of the wooden members. This and
other investigations confirm the soundness of submerged structural wooden members and suggest the potential for
cascade recycling of such materials for liquefaction countermeasure work and other applications.
KEYWORDS: Logs, Decomposition/Rotting, Longitudinal Young's modulus

1 INTRODUCTION 123
From antiquity, woods have been used to build structural
foundations throughout Japan. However, after the postwar period of high economic growth, builders and civil
engineers began to shun the use of wood for various
reasons, including an increasing availability of concrete,
steel, and other construction materials; a high degree of
variability in the sizes and shapes of wooden members;
and uncertainty surrounding the long-term durability and
mechanism of bearing capacity of wood. In addition, the
cabinet established a policy for the rationalization of the
utilization of wood resources in 1955 to discourage the
use of wood in order to assure sufficient supply for
major industries and to stabilize citizen’s livelihoods.
Furthermore, after the 1970s, specific mentions of wood
were removed from Design Specifications for Highway
Bridges and from the Implementation Manual for
Recommendations for Design of Building Foundations
[1]. Later, as global environmental issues came to the
fore, attention turned to the creation and maintenance of
a "sustainable society" as a way to address global
warming [2]. Unlike steel or concrete, trees store carbons
fixed by photosynthesis. By actively utilizing wood
products in Japan, one of the most heavily forested
1
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nations in the world, we can contribute to efforts to
reduce carbon dioxide emissions and carbon stock. In
particular, the utilization of wood products is expected to
rise in measures for stabilizing soft and weak ground [3].
Thus, the development of technologies for the utilization
of wood is also expected in the field of civil engineering.
From the historical record, logs are well known to
maintain their soundness and functional integrity over
many years of groundwater exposure. However, when
logs are excavated from a site, they are rarely reused.
Because there is no track record for the reuse of such
materials, they are instead simply discarded as industrial
waste. According to the Ministry of the Environment,
wood re-utilization is becoming more common, although
usually as compost or fuel. As before, about half is
simply ground into chips, directly buried, or simply
burned as is [4].
In this research, we assessed the soundness of logs
excavated upon the removal of the Arase Dam in
Kumamoto Prefecture, Japan. Our aim was to investigate
the long-term durability of wooden members in civil
engineering structures and the potential for their cascade
recycling (reuse) as structural members for other such
structures.
To determine the long-term durability of those members,
we conducted on-site Pilodyn wood testing immediately
after excavation. Also, with the press fit of wooden piles
vertically into the ground becoming increasingly
common in civil engineering, we also subjected samples
to static load testing to measure longitudinal Young's
modulus. Furthermore, toward the ultimate objective of
cascade recycling, we compared the results with those
obtained by the longitudinal vibration method, which is
nondestructive and can be easily conducted on site.
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Table 1: Parameters for the Arase Dam, Fujimoto Power Plant
Location

Sakamoto Town, Yatsushiro City, Kumamoto Prefecture

Form

Concrete gravity dam

Dam height

25.0m

Crest length

210.8m

Dam volume

47,167m3

Contributory area

1,721km2

Total reservoir capacity

10,140,000m3

Flooded area

1,230,000m2

Volume of surcharge

EL32.5m

Power generation method

Dam and conduit type

Maximum volume of water consumption

134m3/s

Maximum power output

18,200kW

Annual supply power

About 74,680,000kWh

Photo 1: Overview of the Arase Dam

2 OVERVIEW OF THE STUDY SITE
The study site is the Arase Dam, located approximately
20 km upstream from the mouth of the Kuma River,
which is considered one of the three fastest rivers in
Japan (Photo 1). The dam was built to supplement a
hydroelectric power plant (Fujimoto Power Plant) under
a comprehensive development plan for the Kuma River
basin. Table 1 lists various parameters for the dam and
power station [5]. The facility began generating
electricity in 1954 and at one time accounted for 16% of
the total generation capacity of Kumamoto Prefecture. It
was shut down in 2010 upon losing its water rights, and
work to remove the dam began in 2012. In preparing to
remove the portion corresponding to the right bank of
the river channel, gating was installed to lower the water
level. A number of wooden river training structures
(ushiwaku: literally, “cow frames,” often translated as
“rock cribs”), put into place during dam construction,
began to emerge from the reservoir when the water level
was lowered by approximately 6 m. A search of the
literature reveals the following mention of piling and

Figure 1: Rock cribs examined in our study [15]
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Oniki
Gasshougi

Katanaki

Sunaharaigi

➀

②

Figure 2: Structural view of the rock crib

Photo 2: Recovered logs

rock cribs: “A fill island was built upstream to block the
river flow during dam construction. Piles were sunk for
this purpose. To protect the piles, a total of nine rock
cribs were placed behind them” [6]. The logs
constituting these structures were thought to be
Kumamoto sugi (cedar), presumably rafted down from
the upper reaches of the river [7].

3 ASSESSMENT OF THE SOUNDNESS
OF WOODEN MEMBERS (LOGS) IN
CIVIL ENGINEERING STRUCTURES
3.1 ON-SITE TESTING
We examined three rock cribs in this project (Figure 1).
The rock cribs were composed of each part shown in
Figure 2. The logs were removed from the ground by
attaching wires and carefully pulling them out, one by
one, with a backhoe. Photo 3 shows the extraction of one
such structure. A total of 27 logs were thus recovered
within the time available. A general view of the
installation state of the rock cribs and the recovered logs
is shown in Figure 2 and Photo 2. Measurements taken
immediately after recovery indicate a variation in size
depending on position within their respective rock cribs,
with diameters ranging from 10.3 to 33.3 cm and lengths
from 3.3 to 9.9 m. The recovered logs were can be
divided into three types of “Gasshougi”, “Katanaki ･
Oniki”, “Sunaharaigi”.

Photo 3: Field extraction of the log

Photo 4: Pilodyn testing

③
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1.0m
1.0m

1.0m

A30

1.0m

A33

1.0m

A29

1.0m

A31

1.0m

A28

1.0m

A32

A34

A26

Figure 3: Test specimen dimensions

Visual inspections were conducted outdoors under the
procedures of JIS K 1571 (2004): Wood preservatives –
Performance requirements and their test methods for
determining effectiveness (0: Health, 1: Partially mild
decay or termite damage, 2: Overall mild decay or
termite damage, 3: Partially intense decay on top of the
state of 2, 4: Overall intense decay or termite damage, 5:
Lost form by decay or termite damage).
The logs were subject to Pilodyn wood (penetration)
testing with a PILODYN 6J-Forest tester (Proceq,
Switzerland; pin diameter: 2.5 mm; measurement range:
0-40 nm). Pilodyn testing entails driving a pin into wood
at a constant energy and then measuring its penetration
depth. Here, measurements were taken along a straight
line on one side of each log at 1 m intervals beginning at
the top of the log (Photo 4).
3.2 LABORATORY TESTING
We prepared test specimens to be used for laboratory
tests. From these logs, we selected several that were
relatively straight (and therefore considered suitable for
reuse underground) with a small-end diameter of 12-18
cm. Selecting portions having few knots or scars, we cut
the logs into 1.5 m lengths and then, as shown in Figure
3, cut them again to 1.0 m lengths while maintaining
parallelism with the end surface. Photo 5 presents a
general overview of prepared test specimens.
Dimensions and test values are tabulated in Table 2.
Photo 6 shows actual longitudinal stress testing. We next
utilized a Tensilon universal material testing instrument
to measure the longitudinal Young's modulus. Loading
was applied statically under strain control at a constant
stroke displacement of 0.3 mm/s, with axial
extensometers and strain gauges attached to measure
displacement during loading [8]. Axial displacement was
measured by axial extensometer as the change within a
50 mm distance included within an L-angle placed at a
distance of 25 cm from the end surface. Select a few

Photo 5: Overview of the recovered logs

0.25m

0.50m
0.50m
0.25m
An axial
extensometer

0.50m
A strain gauge

Figure 4: The mounting position of axial extensometers and
strain gauges
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different sites, it was measured axial strain placed at a
distance of 50 cm from the end surface (Figure 4). Place
where "knot" or "flaw" is seen is avoided, after shaving
the Paste location using a knife to smooth, polished with
sandpaper, paste the strain gauges directly. Because of
instrument loading limitations, pulling was stopped at a
load of approximately 60 kN. Thus, none of the samples
was loaded until failure. Also, for each test sample, we
zeroed the stress-strain relation and determined its
Young's modulus from the resulting diagram (Figure 5).
Photo 7 shows longitudinal vibration testing. Here, a test
specimen is set upon sawhorses that were acoustically
damped with sponge cushions. Then, one end was hit
with a hammer, and the first fundamental frequency of
the resulting sound wave was measured. With that, we
can determine the longitudinal Young's modulus by using
Equation (1) [9].

E  (2 L  f ) 2 

(1)

Here, E is elastic modulus (N/mm2); L, length (m); f,
fundamental frequency (Hz); and ρ, density (kg/m3).

Photo 6: Longitudinal Young’s modulus testing

4 RESULTS AND DISCUSSION

3

It shows the results of the visual inspections. The logs,
despite having been submerged for nearly 60 years, were
observed to be comparatively sound, with no overall
rotting or insect damage, although with some surface
scarring from exposure to flowing water. They were thus
rated as having a damage level of 2 or below [10-12].
It shows the results of the Pilodyn testing. Figure 6
shows the relation between penetration depth and
measurement position as determined by the Pilodyn
testing of the 27 logs. The red solid line shows the
average of these measurements by position and the
dotted red line shows the 68% conference interval (±σ).
The penetration depth in the as-extracted condition (i.e.,
immediately after removal, while the moisture content
was still high) was measured to range from 14 to 35 mm,
with a mean of 24.8 mm and a standard deviation of 4.9
mm. While some scatter was apparent from log to log
and among different positions along the same log,
penetration depths remained in the general range of 2030 mm, leading us to conclude that the logs to be sound
throughout. From a series of survey results, only visual
inspections and simple Pilodyn testing, to some extent of
the soundness of the logs it was found that it can be
determined while staying local. Further, in an
environment where normally installed under water, such
as a survey site, even when about 60 years later revealed
that soundness of the logs maintained.

Stress σ (N/mm2)

4.1 ON-SITE TESTING

2

1
The extraction of the log(A33)

0

0

0.0001

0.0002

Figure 5: Stress/strain diagram (A33 example)

4.2 LABORATORY TESTING
Figure 7 presents a comparison of the longitudinal
Young's modulus values between the two methods. The
dotted lines in the figure show the national average range
of the longitudinal Young's modulus values for cedar
(6.9 to 8.8 kN/mm2) [13]. The values obtained by the
static flexure method show large scatter (5.47 to 10.37

0.0003

Strain ε

Photo 7: Longitudinal vibration testing.

0.0004
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Penetration depth（（mm））

40
+σ

30

A ve r age
(24. 8mm)
20

-σ

10

0

0

1

2

3

4

5

6

7

（m））
Measurement position in Pilodyn testing（

8

Figure 6: Relation between penetration depth and measurement position in Pilodyn testing
Table 2: Sample dimensions and test values

Mass
(kg)
22.65

Density

169.3

Log length
(mm)
1005

1043

fr
(Hz)
1338

172.2

180.8

1004

26.25

1068

A28

135.6

190.3

998

18.25

A29

169.3

186.8

1006

A30

145.8

147.1

A31

128.6

A32
A34

No.

Top end
diameter (mm)

Bottom end
diameter (mm)

A26

162.3

A33

(kg/m3)

E fr

E c-d

E c-s

(kN/mm2) (kN/mm2) (kN/mm2)
7.54

7.47

6.54

1351

7.86

7.50

7.93

853

1416

6.81

5.47

-

26.50

1055

1393

8.29

10.37

-

1000

11.75

698

1963

10.76

9.51

7.80

138.8

1000

10.35

736

1878

10.38

9.80

9.39

123.5

127.3

1000

8.95

724

1719

8.56

7.58

-

157.9

168.1

1000

22.05

1056

1217

6.26

5.61

6.31

kN/mm2) but nonetheless had an average within the
national average range. The values obtained using the
longitudinal vibration method tended to be slightly larger
than those obtained using the static flexure method, by a
factor of 1.07. This result agrees well with an earlier
research finding that Young's modulus measured by the
longitudinal vibration method tends to be 5-10% higher
than that measured by the static flexure method [14].
Figure 8 shows the relation between the longitudinal
Young's modulus values measured by each of the two
methods. Also shown in the figure is a best-fit (least
squares) line relating the two sets of values. While some
experimental scatter is apparent, the relation between the
two appears essentially linear. Therefore, this relation
between the longitudinal Young's modulus values
measured by the two methods holds true even for the
wood members of rock cribs that had been submerged
for nearly 60 years, and the long-term durability of
submerged wood was quantitatively demonstrated.

5 CONCLUSION
Through onsite testing, we found that we could
determine the degree of soundness of recently
unearthed/exposed wooden members by only visual
observation and simple Pilodyn measurement.
Furthermore, through indoor testing of logs recovered
from the Arase Dam site, we found that the average
Young’s modulus of longitudinal elasticity of those
specimens was essentially equal to the national average
for cedar, although there was some scatter in the data. In
other words, the logs recovered from the Arase Dam site,
although submerged for approximately 60 years, still
maintained performance characteristics on the level of
the national average. We also observed a correlation
between Young's modulus as measured by the
application of static stress and Young’s modulus as
measured by the longitudinal vibration method,
suggesting a possibility that the relatively simple
longitudinal vibration method can be applied on site to
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A26

10

A33
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A28
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A31

2
0
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The longitudinal vibration
method

The static flexure method

A34

Young’s modulus values as measured by the
static flexure method（
（kN/mm2）

Figure 7: Longitudinal Young’s modulus as measured by the longitudinal vibration method and the static flexure method

12

10

y = 0.94 x + 0.08
R² = 0.66

8
6
4

2
0

0

2

4
6
8
10
Young’s modulus values as measured
（kN/mm2）
by the longitudinal vibration method（

12

Figure 8: Relation between Young’s modulus values as measured by the static flexure method and longitudinal vibration method

judge the basic performance characteristics of
unearthed/exposed logs.
We have shown that wooden members can retain their
soundness even after 60 years of continuous submersion
in water. This demonstrates the long-term durability of
such materials in civil engineering applications and
suggests that these materials are suitable for cascade
recycling.
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BEYOND VERNACULAR: TIMBER CONSTRUCTIONS OF ISTANBUL
Melek Elif Somer1
ABSTRACT: A large portion of historical studies on architecture encompasses and critically integrates the assessment
of construction techniques and materials. Timber, the most used vernacular construction material in Anatolia, has a
particular story in the Ottoman Terrain where the transformative processes of industrial revolution and colonization
didn’t take place. The advances in timber construction can clearly be seen in the capital of the Empire, in Istanbul. A
good example, The Prinkipo Palace is a 115-year-old timber structure that is unique in size, with an approximately
11.000 square meter floor area. It is 24 meters high and measures 100 meter in length and up to 32 meter in width. The
ceiling heights are varying between 2,60-7,30 meters. The span widths are between 3,50-9,00 meters. The building
possesses useful information about the history and the progress of timber construction methods while providing critical
insight into contemporary timber architecture on a global and local scale and may lead to technical developments in
application of wood as a key building material in Turkey.
KEYWORDS: Istanbul and timber, big structures, timber architecture, traditional construction, vernacular structures

1. INTRODUCTION1
The very idea of progress is heavily dependent and
centered on the assessment of past experiences. This is
also valid for the discipline of architecture where the
technology is a main component of its progress. So, in
order to cultivate new research and produce new
information on the contemporary practice and
construction techniques, it would be much beneficial to
look deeper into the past experiences of construction,
and the historical developments in the field.
The construction methods differ in various regions and
countries. In Scandinavia and Far East, from early on,
there are many examples of timber construction and it is
still a commonplace method. In North America, the
colonial developments stimulated wide use of wood in
residential buildings.
Until the 1850s, the wood was a main material for
construction in Britain and Middle Europe, which then
gave way to other materials with the rise of industry [1].
Timber, the most used vernacular construction material
in Anatolia, has a very special story in the Ottoman
Terrain where the critical processes of industrial
revolution and colonization didn’t take place.
Without carefully designed details like in German,
British or Japanese examples [2] the timber structures
have largely been used until 1930s, shaping most of the
urban fabric [3] [Fig.1].

2. BEFORE AND AFTER 19th CENTURY
Prior to the period of industrialization, wood had been a
commonplace material for construction –in most regions
1

Ass. Prof. Dr. Techn. Melek Elif Somer / Istanbul Yeni
Yüzyıl Univ. m.elif.somer@gmail.com

except for those that were far from forests- mainly due to
relatively difficult and expensive application of stone
and soil-based materials [1, 4]. Early 1650s is marked by

Figure 1: An urban housing in Bolu (around 1930)

scientific advancements and innovations in production
throughout Europe, which eventually paved the way for
social and economic transformations resulting in a
transition to a manufacture- and industry based
economy [5]. In the meanwhile, as opposed to the
situation in North America and Scandinavia largely due
to continental wars and industrialization period
preceding that, the use of wood constructions in Central
Europe was gradually limited to rural areas after the 19th
century [1]. Regardless, the use and study of timber
structures wasn’t altogether terminated [1], much thanks
to the advancements in industrial production
technologies and specifically to militaristic construction
demands of late 18th century which presented the concept
of “prefabrication” [4].
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2.1. ANATOLIA AND ISTANBUL 1500-1800:
Over the Anatolian Terrain, timber structures are often
considered in the scope of traditional construction
practice, depending on how available and shippable it is
in a region, while the monumental and public buildings
are built with masonry construction [5]. From Inner
Anatolia to Balkans, much of the civil architecture is
mainly based on timber structures [5].
With a profound history that goes back to the 17th
century [3], civil timber architecture helped the
development of a specific version of housing typology, a
genuine (Turkish) type [6]. Technical developments
were largely based on trial and error, and improved over
time rather through scientific studies [7].
Partially based on the Ottoman Empire’s neglect for
progress and advancements of the outside world2, there
had been limited changes in the construction
technologies until the beginning of the 19th century
regarding Ottoman cities which expanded mostly
through public and commercial developments [8], rather
than an emerging industry [5]. As a sole exception,
during the westernization period of Tulip Era (1725)
several new architectural typologies with new functions
and plans were introduced into the architectural
production [5]. Yet an essential shift didn’t take place
and architectural technologies remained traditional until
the Reform (Tanzimat) Period started in 1830 [5]. Unlike
the industrially and commercially developed Europe,
with renewed land transportation lines, Ottoman Empire
for the most part lacked industrialization 3 and was
therefore quite limited in ground transportation, thus the
constructions were kept heavily dependent in rural or on
imported materials in harbor zones [8].
As for Istanbul, the capital of the Ottoman Empire,
although such building materials as tiles and bricks were
used during the conquest of the city in 1453 [5, 9], there
is hardly any information regarding the building
techniques of the Byzantine civil architecture [9].
Located in an earthquake zone, Istanbul suffered a major
earthquake in 1507. It is believed that after this incident
the use of framework construction started to spread as a
result of the experiences regarding Anatolian civil
architecture supported by the Palace [7]. During the 16th
century, timber components were considered to be very
expensive and limited for the most appropriate method
of transportation was waterways 4 and it needed to be
processed by sawmills located afar [9].
A log of a traveler5, dated 1639 provides a visual and
verbal account of a two-storey half-timbered house [9].
Despite the advancements in timber construction and
some solid standardization in its components during the
mid-1600’s, until 19th century, plastered timber-framing6
2

A social sciences textbook published in 1859 involves a
discourse against industrialization [8].
3
In the year of 1913, there were only 200 industrial facilities
on Ottoman soil and half of them were located in Istanbul.
Until the 20th century most of the production geared towards
the needs of the Ottoman Palace and military [8].
4
From Istanbul or Black Sea Region, mostly
5
Salomon Schweigger p.24
6
With fillings made of brickwork or mud-bricks, sometimes
plastered

was used in structures [7]. One reason for this could be
the wood still being expensive at that time [9]. Although
lath-plastered coverings were occasionally used after the
18th century [5] timber façades were common until the
beginning of the 19th century [7].
At the beginning of the 18th century, wood became a
paneling material on external façades and despite its cost
and because of its durability, it was used on luxurious
mansions located on waterfronts [9]. The application of
wooden panels on the Amcazade Mansion from the 17th
century [6], the oldest example of timber construction in
the city, points to the much earlier use of wood as a
paneling material in prestigious buildings.
As a result of militaristic reflections of Reform’s
westernization ambitions, the first building typology to
be interpreted from the west was military barracks
which, eventually, was built with timber framing until
early 19th century [5].
Because of unplanned and rapid building activities, the
damage of massive fires recurring frequently since the
year of 1489 caused an overall questioning over the use
of wood, and gave rise to some restrictive legislations on
overall building activity [7]. Despite all precautions,
wood remained as the main material for housing
constructions throughout the centuries mostly in the
urban areas.
2.2. THE WESTERN WORLD 1800-1950:
The industrialization period simultaneously assisted the
diversification of building materials. Beginning in the
early 19th century, cast iron and later steel components
were now being used by developers; The Crystal Palace
acted as a pioneer for both frame-structures and
prefabricated systems which also gave rise to the early
skyscrapers of the late 19th century [4]. Being mostly
experimental during the second half of the 19th century,
reinforced concrete had also got a kick start in the
beginning of the new century, largely in Europe [5].
Meanwhile, fully and semi-prefabricated systems and
components were used in different areas with various
materials [4].
In 1810, first steam-powered saw was invented in
Portsmouth which enabled the wood to be easily cut and
processed [1]. In the year of 1832, the first balloonframed building was completed [4], in 1870, for the first
time a very large portion of laminated construction
boards were made in Germany, and in 1898 the first
fiber-wood components were produced in England
alongside the first laminated load bearing components in
1906 [1].
After 1918, following the First World War and the
subsequent need for immediate housing, the wooden
shacks built back then had partially and negatively
affected the material’s value and image. Yet, by the help
of militaristic building activities, the wood regained its
importance and well-deserved attention, and despite the
global economic turmoil of 1920s, some early
experiments in prefabrication started to take place [1].
The timber structures were much present in the States
and adapted to European cities during 1930s [1]. The
most important development during this period was Paul
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Bonatz’s balloon-framed Kochofsiedlung, a multi-storey
housing complex in 1933 Germany [1].
However, the most important factor that substantially
altered construction technologies was the industrialization of brick production 7 [5]. That also aided the
process of wood’s receding from the construction field.
2.3. TIMBER OF ISTANBUL 1800-1950:
Having its economy solely based on hand crafts and
primitive technologies; Ottoman Empire was undergoing
hard times and was not able to join the Industrial
Revolution of the West [5]. Mainly after mid-19th
century, the Empire was subjected to great amounts of
territory losses and subsequent mass migrations to
Istanbul which according to a census conducted in the
early 20th century had a population of almost 1 million,
being one of the most populous cities in the world 8[7].
Such a rise of population in Istanbul caused a rapid and
dense building stock to form and fires to destroy much of
it [9].
Being durable materials against fire [10], new
technologies of brickwork and steel beamed vault (Jackarch) ceilings and later steel frames [5], had been
introduced to the building industry around the 19th
century in Istanbul, a cosmopolitan city with a harbor
and a central location that welcomed all the changes
coming from the West.
In support, to assist the application of these new systems,
foreign architects and engineers were invited to the
Empire while some Ottoman professionals were sent out
to study abroad, and some cities with a high ratio of fire
events were redesigned through western grid layouts [7].
A traveler passing through Istanbul during 1850s notes
that except several religious buildings, mansions of some
members of the upper class and embassy palaces, most
of the building stock, mainly houses, was built with
timber structure [10]. But later on, mainly due to
potential fire hazards, the rest of Beyoğlu area was built
with masonry style, which partially backed by new
building codes seeking to prevent disasters from
happening by prohibiting the construction of wooden
buildings[9]. Because of the high cost of steel, much of
the floors were again built with timber components [5].
More, because of the flexibility and adaptability to
various climate conditions alongside its easy transport
and access, and mostly because of its low cost, the wood
remained as an essential building material [5].
In prospect, it may be assumed that building with
masonry was relatively difficult for low-income families.
Such assumption could be backed by the governmental
support of cheaper components such as limestone and
brick to broaden the masonry system across the Ottoman
terrain [9].
Towards the end of the century, by the arrival of frame
saw from Balkans [6], wood had largely been increased
in stock, standardized and diversified in component
types, and also got cheaper by the industrialization of
production systems, and the use of hımış (half timbered-

frames) disappeared from the urban areas by the early
20th century [9].
This period had also produced the examples of wooden
façades [7]. External wooden paneling became commonplace in houses during the second half of the 19th century
and became something of stylistic, contemporary
element than a traditional component [9]. The overall
diversity of materials increased and early handmade
structural parts gave way to new covering and
ornamental components processed by milling and lathing
machines [6, 9].
At the end of this century, a non-traditional form of
unique timber architecture emerged in the cosmopolitan
city of Istanbul, much influenced by the style choices of
art nouveau and eclectic tendencies present at that time
[6]. This form was mainly used on wooden façades and
was used even in some masonry buildings [6].
After 1750s, building plans were partially affected by
western influences yet still preserved their traditional
qualities [6]. For instance, during the period between
1800 and 1850, palaces located along Bosporus were
reshaped into unified plan layouts, into a more western
palace typology, but again mostly built with timber
components 9 [5]. While the façades were mostly
appeared in western styles, the layouts remained
inherently Turkish [5].
Starting from 1865, rowed houses proliferated in and
around Ottoman cities which later required building
limitations in reaction to fire hazards [7]. Yet, these
precautionary codes did not suffice to prevent fires from
happening in 1908 and onwards, and new lots appeared
for masonry constructions to substitute for the fireridden neighborhoods [6], few years before the arrival of
concrete buildings [9, 5].

Figure 2: left: Brick covering with Timber, İstanbul / Taksim;
right: Imitating Brick masonry on the façade Mudanya

During this period, several other agents were in play in
the course of wood’s glorious era and its extensive use.
One of those was the emergence of hotel buildings in
Istanbul, as a side effect of developments in land
transportation during the course of industrialization [10].
Resort hotels were mostly built with timber and that
building activity went on until 1914 [10]. This period

7

By 1825 one of the most important locales of production had
been Marseilles Yergün, pp 62-63.
8
https://tr.wikipedia.org/wiki/%C4%B0stanbul

9

The Çırağan Palace had initially built with masonry and
timber frame structure.
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also gave rise to the conception of summer resorts,
supporting wood constructions in mansions located
along the Bosporus and other seafronts and lakes [5]
until 1920s, in the cities of Edirne, Izmir, Trabzon and
Bursa [7].
In result, there are many interesting examples of
construction and architecture combining various
techniques of timber and masonry. Such techniques can
be summarized as [Fig. 2, 3]:
• Covering masonry structures with timber, in order to
resemble the commonplace ornament styles
• Buildings with timber cladding that mimics masonry
type façade proportions and ornaments
• Masonry buildings with traditional plan layouts
• Buildings with timber framework that combines
various industrial materials of the era

Figure 3: Italian ambassador’s summer residence, designed in
1905 by Raimondo D’Aronco

3. VERNACULAR CONSTRUCTIONS
Timber constructions can be observed along Turkish
coastal regions and also inlands. The two dominating
methods are block timber walls and framework
construction. Block timber walls are very common in
sites adjacent to the forested areas, especially in the
Black Sea region [11]. Traditional Turkish housing
architecture can be read mainly through the framework
construction which is also widespread in the whole
Balkan and Aegean regions [13].

As to the load bearing structure, it is almost identical in
each region. The structural system is a mostly filled
framework construction made of sawn timber with
square or rectangular sections [3], working as a shear
wall. Differences in the filling may arise from climatic
conditions and raw materials available in each region10.
In Turkish housing architecture residential floors are
raised from the ground and sit on a masonry basement.
In urban areas the boundaries of the ground floor are
adjusted on the shape of the outlying area on the street
level. The foundation is made of natural stone to a
certain height in order to protect the building from
humidity whereas the remaining structure of the masonry
is sometimes made of air-dried clay bricks11. The load
bearing soundness of these walls are increased with
wooden columns on critical spots [12].
Here, a soleplate sits on the masonry of the ground floor
made of hardwood such as oak [13]. The upper floors
constructed in framework are placed on this soleplate.
The joints are made by very simple carpenter knots or
nails.
In the upper main-floor, a symmetrical plan is usually
preferred. They have an animated character with
recesses, scallops and bay constructions and produce a
contrast to quadrilateral ground floors. The floor heights
are usually the same and there is a balcony or a bay
window along the middle axis of the first floor [3].
In typical Turkish houses the bay constructions are as
wide as the respective rooms behind, and represent the
inner plan on the outer façade, generating the unique
character of the Turkish streets. By this, windows placed
under the bay constructions are protected from weather
conditions. Other characteristics are ridge roofs and wide
cantilevering shelves protecting the cladding of the
façade from rain and sun [Fig. 4].

4. THE ORPHANAGE
A major example from the era of Westernization
Period is the Prinkipo Palace. Built by Alexandre
Vallaoury between 1898 and 1900 as a hotel [14] it was
used as an orphanage due to political reasons. The
building is located on Büyükada, one of the Prince
Islands, a suburban residence location in the Marmara
Sea. The building is four to six story-high and exhibits
the technical limits of the timber-based construction in
Istanbul at the end of the 19th century, probably being the
largest timber building in continental Europe of the era12.
The building is situated on 26.000 m2 land and with an
approximate 11.000 m2 floor area. The total volume is
over 50.000 m3 [Fig. 5].
It is more than 100 meters in length and 18 to 32 meters
in width. It is a four to six story-high building with an
approximate shelf-height of 24 meters and ridge-height
of 28 meters. The entrance level floor is about 2,50m
10

Figure 4: Timber architecture in Trilye

The filling can be with wattle or lath grids as plastering
ground; timber or masonry and is an advantage in earthquake
zones because of its energy-dissipating capacity [11].
11
Air dried clay bricks
12
The main dimensions of the survey object are taken from
different sources [14, 15, 16] providing approximate
dimensions.
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above the basement. The ceiling heights vary from
2,60m to 7,30m. The spanning widths are 3,50 meters to
9,00 meters.
The building is situated in northeast - southwest
direction. Three extending wings lie at the two ends and
in the symmetrical axis of the building [17]. The wings
subdivided by bay constructions break the horizontal
extension of the building [Fig. 6].
The façade possesses some key characteristics of the
conventional bay-and-shelf construction and fenestration
proportions of the Turkish residential housing [1, 2]. The
building has a calm appearance without using typical
ornaments of the time and gives a plain impression [14].

sides are accessible from this corridor. At the end of the
corridor there is a landing of double stairs going down to
the main theater hall on the basement level. Lodges are
situated on both sides and also in the middle of the
landing. The theatre forms the northeastern end of the
building. The stage and backstage parts of the theatre are
located on two levels.
The main vertical connection to the upper floors is the
stairwell in the central wing. The construction of a light
shaft situated on the symmetrical axes of the building
begins on the 1st floor and continues upwards. The
corridor is interrupted by this light shaft, illuminating the
landing of the main stairwell in both directions. On the
northwest and southeast façades of the central hall there
are sections with several chambers some of which
receive natural light from the light shaft [Fig. 9].
The central double-sided corridors on the extension of
the light shaft elongates to the side wings with rooms on
both sides. At the end of these side wings, several other
corridors are situated orthogonally to the main corridor,
serving the apartment-like suites with private bathrooms.
Additional stairwells serve the side wings. There are
certain differences in the plan layout due to the vertically
differentiated
bay-constructions
and
different
requirements for space.
The roof consists of five sections since the wings are one
story higher than the rest of the building. The higher
sections, with several chambers, are independently
accessible through three stairwells. The main stairwell
serves to the central section.

4.1. LAYOUT AND FUNCTIONS

4.2. STRUCTURE

The vertical connection is based on three stairwells
attached to the wings. The middle wing contains the
entry-zone, central light and main stairwell and also
landings and several special rooms on the upper floors.
The other wings contain apartment-like suits in the upper
floors. A central double-sided corridor serves [17] with
rooms on both sides, functions as the main service zone
connecting the three wings.
The basement consists of five zones [3, 4] with different
levels. The zone below the central corridor creates a
continuous platform, which probably served as a serviceentry for the theatre. The circulated area of the basement
ends with the theatre space [Fig. 6, 7].
The main entrance on the north-west side, theatre space,
dining hall, the service and meeting rooms and the
kitchen are all accessible from the entrance level [Fig.
6, 8]. Past the entrance door, there is an interspace
leading to the main entrance hall, containing the main
staircase, and leading to the backyard and terraces on the
south-eastern port.
On the south-west side of the entrance hall there is a
corridor leading through to the kitchen. The dining13 and
meeting rooms and the added sanitary tower located on
the northwest are accessible from this corridor. At the
south west end of the corridor the kitchen section, a
bathroom and a massive, later added, stairwell is docked
On the northeastern side of the hall, a short corridor
leads to the theater space. Some of the rooms on both

Prinkipo Palace exemplifies several types and
combinations of materials and structures. The kitchen
area on the ground floor, the vertical elements of the
basement, the stairwell on the South-east side and the
sanitary tower on the North-west façade were built in

Figure 5: Southeast Façade, Backyard Terraces, the
Additional Stairwell

13

The dining room is also attached to the main entrance hall.

III
II
I
Basement

Theatre

Entrance

Wings

Corridorzone
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III

REGULAR FLOORS
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GROUND FLOOR

Figure 6: Section and Plan Layouts
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The separating frame-walls of the theater and a portion
of the façade structure have a load-carrying function for
the vertical loads in this section of the Orphanage.
Exemplary measurements depict dimensions for walls
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Figure 7: Layout and Structure of the Basement

stone and brickwork masonry, the piers of the terraces on
the South-east side in combination with vault (Jack-arch
and cast iron) construction. Other structural elements are
built with timber framing. The vertical load transfer
occurs continuously mainly over the load bearing timber
frame-walls to be transferred over the foundation piers
and stripes in the ground.
The horizontal support is also carried on framingwalls [17]. A joist spanning in-between longitudinal
corridor walls supports the corridor floors. Transverse
walls, forming the room separators, are carrying the floor
joists of the rooms. The façade is an independent
framework structure almost carrying itself and is mainly
for shear forces. It is dominated by large windows and
projections. The joints are mostly nail connections or
simple carpenter knots like crossed, lapped or beveled
joints. Different requirements for space also resulted in
some alterations of the load-bearing structure.
4.2.1. Basement
The vertical structure of the basement consists of
masonry walls and piers, the ceiling structure of the
basement timber beams and joists combined with
bottoms of shear walls.
The outer walls with wide openings are made of brick
and stone, while the inner walls mainly of brickwork.
Some axes between piers are framed with masonry walls
or wooden panels to create room spaces. There are also
some wooden stiffening elements among piers added
possibly later to support the timber structure of the
ceiling.
Below the entrance, the border of the central wing is

4.2.2. Entrance level and the theatre
The main entrance hall has a wood covered cassette
ceiling supported by columns with a height of
approximately 5,40 meters. The width spanning the
vertical elements changes between 3,30m and 7,30m.
The main stairwell is supported by a steel
column [Fig. 11].
The inner shear walls, also constitute the boundaries of
the space are supporting the upper floors. On the
circulation area, the structural support is provided by the
lengthwise placed framing-walls and wooden beams
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Figure 8: Layout and Structure of the Entrance Level
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spanning these walls with a span width of approximately
3,50 meters. On the terrace of the backyard, steel (cast
iron) is used for a vault (Jack-arch) construction
combined with masonry piers. It is partly covered by a
timber framed roof with roofing tiles.
In the dining and several meeting halls the façade
framework system has a load carrying function for
vertical loads, with the beams spanning across the
corridor walls by transferring the load onto the façade
frame structure [Fig. 11].
At the entrance of the theatre, two different zones have
been separated by using parallel twin-frames forming a
dilatation [Fig. 11]. The main structure can be defined as
the spatial framework of the theatre. This structure is
more than 7,5m in height and carries the coffered ceiling
with a width spanning more than 9m14. The stage and
backstage areas are also arranged by framework walls.
4.2.3. Regular Floors
On the upper floors, the main service area over the
entrance, with the light shaft, probably15 has a coffered
ceiling and slim columns similar to one on the entrance
level.
The main structural support is provided by the
lengthwise and orthogonally placed framework shear
walls. The structure is forming almost a regular structure
relying on these inner-walls and load transfer occurs
continuously. In order to create larger spaces, the
building incorporates exceptional solutions.
In some locations, transverse inner walls have been
replaced by a system of timber frames with columns or
framework walls with large openings.
The joists, stiffed by wooden panels, are mounted
through the framing-walls exposing the grid structure.
The common floors are ca. 3,50m high. The span width
of the corridor is ca. 3,50m, and of the rooms ca. 4,20m.
4.2.4. Roof and Bay Constructions
Alterations in the single girder order floor structure [18]
are made in order to create bay constructions. Struts and
braces support the vertical load transfer of these bay
constructions.
One more important structure of the building is the ridge
roof. The damages caused by water leakage on the roof
made it dangerous to enter many rooms and sections of
the attic. That is the reason why there is limited
information about this part of the building. The ceiling
height in attic rooms with ca. 2,60m, is less than of the
other floors16. The cantilevering shelves are supported by
bracings.
4.3. FINISHING AND PREVENTIONS

because of the indoor plastering as coating and
protection material. The basement of the building acts as
a buffer zone. It is a naturally aerated area as a result of
the openings on the outer walls on both sides, which
allow fresh air circulation, hence preventing the
accumulation of humidity.
4.3.1. Coverings
The façade of the construction is covered with a wooden
cladding sheet made of horizontally mounted laths,
probably of pine [7], as a base layer for the weather
protection. The outdoor priming coat on this cladding
was specifically used against weather conditions.
The remaining parts of the original filler and red
colored17 painting on the cladding sheet of the façade are
still visible. The double layered casement windows are
protected by wooden shutters. The suites on the
southeast side of the northeast wing have balconies
covered with leaden sheets. The roof is overlaid with
roofing tiles.
All indoor structural elements, columns, beams, most of
the ceilings and some framework walls are covered by
wooden paneling. The paneling of the theater structure
and theatre zone contains ornaments. The inner timber
framework walls are mostly plastered and painted. They
have an indoor timber lath covering as a base for lime or
cement-based plaster. The ceiling of the kitchen, with the
original furnishing for the initial hotel program, is also
covered with plastered wooden laths including the
lightwell
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The width in the central zone of the theatre spans 8.40m –
9.20m and 4.20m-4.50m on the sides.
15
Since it is completely covered, the actual layout of the
ceiling structure in the main staircase platform could not be
explored. Therefore, a theoretical construction similar to the
structure of the entrance floor was visualized in the sketch
16
Assumption: It is possible that the rooms on this floor were
initially planned for the staff.
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Figure 9: Layout and Structure of regular Floors
17

Cramer states that this colour is quite widespread across
Istanbul.
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and from the roof. Damages detected here are the
broken joists, eroding paneling and floorings.
• In the basement, the frameworks of the shear wall of
the next floor have visible deflections. Some
interventions from unknown dates can also be noted,
probably made to support the beams.

5. CONCLUSION

Figure 10: Northwest, main entry, additional sanitary tower

centrally placed, pyramid shaped chimney opening to the
light shaft above. Hardwood floorings remain with the
exception of the sanitary rooms [15].
4.3.2. Modifications
Some sources are confirming several modifications were
made in order to adapt it to its later use as an
orphanage [15]. The sanitary tower on the northwestern
side situated to the west of the main entry had been built
at a later date [15] [Fig. 10]. The brickwork masonry
stairwell with marble cantilevering steps and plastered
timber ceiling on the southeast side had been built in
1903 [19] in order to serve the orphans. The hotel rooms
have probably been altered for several new uses. The
suites on the southeast side of the northeast wing offer
balconies. It is possible that the ones on the southwest
wing have been demolished in order to build the
additional stairwell.
4.4. STRUCTURAL DAMAGES
Until 2005 sawn wood laths used in construction
appeared to be sound and the load bearing system to be
in a good condition [17], visible by the overall
appearance of the building [20, 21] Until 2010, the
external decays didn’t pose a serious structural threat
since the building’s main load-bearing system is one that
relies on the internal walls [17]. This mostly inner-wallbased structural system managed to protect the building
from eroding factors, despite the lack of maintenance
and restoration work since 1960s.
• The roof was the first construction damaged by water
leakage.
• An important and visible damage is the decay on the
floor construction of the main entrance hall in the
middle wing, concentrated around the light shaft,
resulting from leakage of water.
• Probably due to the seismic movements of the ground,
the corridor on the northwest side above the theatre is
sloping.
• Removed stiffening and covering panels, wooden
flooring sheet in basement and laths on the frame
walls are some majorly visible damages.
• The façade structure, ceilings, floorings and walls
seem to be decayed where there has been entry of rain,
primarily near to the outer walls.
• In the theater zone, there are visible damage and
decay causing water to enter through broken windows

Not directly undergoing a process of industrialization,
Ottoman construction industry mainly relied on local
materials and in the early 19th century they started
importing construction material. Most of the imported
material –except for wood– was used in masonry and
was put to use of the wealthy social classes.
Once the Ottoman Empire started to lose their territories
in the mid-19th century, mass migrations into the urban
areas resulted in a rise in the urban population;
consequently, building stock was based on timber
structures despite large fires. One major reason
underlying this is that masonry, a material with a higher
cost than wood, was not affordable to low-income
classes [9]. Apart from the high cost of the material, the
swift construction processes of masonry made the use of
this material even costlier.
Alongside these, the newly emerging resort culture and
summer housing were another reason underlying the use
of wood since it provided opportunities for ornamental
applications, easy production and easy transport. In
1911, a comprehensive book on wood was published [9].
Taking into consideration that the second publication of
the book was released in 1921, one can infer that wood
was one of the basic materials of the construction sector
of its time at least for over a decade [22].
On the other hand, there was a dramatic fall in the
population after the First World War (1914-1918) and
the War of Independence (1919-1922). After this period,
most of the rich non-Muslim families left the Anatolian
soil along with their much crucial capital [8]. The
Balkans, the main source for wood, was also lost,
becoming independent from the Empire. The economic
disorder caused by global wars affected the production
and flow of inexpensive wood. Devoid of necessary
population, capital and road infrastructure, the economic
life of Anatolia suffered great depressions and there were
no major building acts until 1950s. Eventually, after
these years, the wood craftsmanship was long forgotten
and cement plants were to open all around Turkey.
It is widely thought that the building inspected in this
article was built with timber largely because it was
inexpensive and easy to transport, mainly by water. It
was built with a western plan layout without similarities
to traditional room concepts of Turkish architecture. It is
a prestigious object, like other hotels and palaces, built
by an important architect of the era.
Components like bay constructions and cantilevering
shelf –cornice- constructions are having a most visually
character and not the functionality in the background it
had to be in Turkish housing. The cornice and bay
constructions also serve not as structural weather
prevention layer as in traditional examples
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Figure 11: Spatial framework of the theatre.

Based on the materials used in the construction, the
building can be categorized as an intermediate composite
example, between being a vernacular building act and
the construction methodologies of an industrialized age.
However, during the construction phase, a large amount
of the materials was imported [23].

Figure 13: Left: Vault (cast iron and Jack-arch) Construction
of the Front Terraces; Right: Balconies on the side wing.

Timber architecture has constantly proved to be a perfect
material for cities that are in remake. It also proves to be
in line with the investment speculations and rapidly
growing real estate industry which results in total
renovation of the building stock every 20 or 30 years and
manifested in constant need for construction. So that, it
is highly probable for wood to return to its heydays
provided that it is cheap and safe and can remain so [24]

Figure 12: Skeleton made of columns and coffered ceiling
construction for the entrance.

Generally, most historical wooden buildings are
rehabilitated or restored during their life span. Such
maintenance work may destroy the original structure. In
this building the original structure is preserved because
of the building’s use as an orphanage with fairly limited
financial resources that prevents any major restoration
work. The whole structural system of the Prinkipo
Palace is still unknown and could not be entirely
resolved due to the lack of details. Therefore, there is
still a need to collect detailed data for a comprehensive
research project aiming at exploring the many
unresolved aspects of the building. This would then offer
great possibilities to evaluate the methods appropriate to
timber construction, to gain standard details and
catalogue them for future uses in order to construct
survey templates for other vernacular and exceptional
examples like the Prinkipo.
On the other hand, the building possesses useful
information about the history and the progress of timber
construction methods while providing critical insight
into contemporary timber architecture on a global and
local scale and may lead to technical developments in
usage of wood as a building material in Turkey.

Figure 14: Left: Framework walls with large openings 2nd
floor; Right: Timber frames 1st floor

Figure 15: Left: Dilatation on Theatre section; Right: Later
added Stairwell in the kitchen area
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Figure 16: Entrance from middle wing to dining room. The
Façade with wide openings has a load bearing function.

Figure 17: Left: Main Stairwell in the central wing and light
shaft behind. Right: Steel column of the main stairwell
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COMPARATIVE ENERGY CONSUMPTION STUDY ON TALL CROSS
LAMINATED TIMBER BUILDING FOR U.S. CLIMATES
Shiling Pei1, Ali Khavari2, Paulo Cesar Tabares-Velasco3, Shichun Zhao4
ABSTRACT: Tall building (higher than 8 stories) construction using Cross laminated timber (CLT) is a relatively new
trend for urban developments around the world. In the U.S., there is great interest in utilizing the potential of this new
construction material. By analyzing a ten-story condominium building model constructed using building energy
simulation program EnergyPlus, the energy efficiency of this emerging building type was evaluated and compared with
a light metal frame building system (currently viable construction type for this height based on the U.S. building code).
A sensitivity analysis was also conducted to study the impact of different weather and internal load conditions on building
energy performances. It was concluded that efficiency of CLT envelope is high for heating energy savings, but its energy
performance efficiency can be greatly affected by other factors including weather, internal loading, and HVAC control.

KEYWORDS: Tall CLT Building, Energy Consumption, EnergyPlus simulation, U.S. Climate

1 INTRODUCTION 567
Cross laminated timber (CLT) [1] is a relatively new
construction material introduced to North American less
than a decade ago. In the U.S., although tall CLT
buildings have not been built, local manufacturers of CLT
panels have been established and CLT material has been
implemented in some projects as floor or roof
components. The recently concluded U.S. Tall Wood
Building Prize Competition selected two projects among
a number of applications that proposed to build multistory CLT building in the U.S. over 80 feet. One of the
winning project is a condominium building in New York
City that targeted at achieving high level of energy
efficiency through careful design optimization. A
roadmap for enabling tall CLT construction in seismic
regions of the U.S. was presented in Pei et al. (2015). The
study concluded that the economically viable market for
CLT will be in the range of 8~15 stories, and the potential
for energy efficient CLT tall buildings to play a strong
role in achieving that competitiveness. Although there
were a few studies on CLT building structural
performances in the U.S. and Canadian market (Pei et al.
2013a, 2013b), the energy performance of this new
building type has only been investigated under very few
scenarios [2]. This study was conducted to investigate the
potential benefit of using CLT wall and floor systems on
1

building total energy consumption in a multi-unit
residential setting.
Because of the natural massiveness and air-tightness of
panelized CLT construction, there is a common
perception that CLT buildings can be more energy
efficient than traditional light-framed wood construction
or light metal frame construction. However, there is very
limited literature that systematically and quantitatively
investigated this potential benefit. A preliminary building
energy consumption analysis on CLT building (a four
story multi-unit residential building) was conducted by
Glass et al. and published in the CLT Handbook
(Karacabeyli and Douglas, 2013). The study showed a
14% potential savings in energy cost in Sacramento CA
climate, serving as preliminary evidence that energy
savings can be achieved in CLT construction. But this
study was limited in building height (four-story
construction was selected potentially due to the fact that
light frame wood construction in the U.S. is typically
limited to this height), a tall CLT building around 10-story
high will need to be compared to a light gauge steel frame
building. A different analysis is needed to gain
quantitative comparison for this new building system at
its most competitive height. This provides the impetus of
this study.
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In this study, a comparative analysis was conducted on a
10-story CLT building constructed following a standard
reference
building
model
in
EnergyPlus
(http://www.energycodes.gov/commercial-prototypebuilding-models). The simulation focused on the building
(heating and cooling) energy consumption during a year
and under design day loading. The analysis was
conducted using the EnergyPlus, Department of Energy
building energy simulation program, a state-of-the-art
whole building energy simulation program that accounts
for environmental and internal load, building envelope,
HVAC, and other energy consumption units in the
building. For this comparative study, a CLT building and
a light-framed metal (Cold-formed Steel) building both
comply with the ASHRAE Standard 90.1 2013 [2]
minimal insulation standard in Sacramento CA were
constructed.

2 BUILDING MODELS
The ten-story CLT residential apartment building (shown
in Figure 1) was constructed using a DOE prototype
building floor plan originally designated as a light metal
frame building. The original prototype metal frame
building was also analysed to provide a basis for
comparison. The reference building uses typical metal
frame walls and 100mm concrete slab floor. The exterior
wall for the CLT building model in this study consists of
150mm (6 in) thick CLT panels, a layer of R 13.3 exterior
wall insulation and 25mm stucco finish I. The floor is a
220mm thick CLT panel with a 50mm lightweight
concrete overlay for sound insolation. The exterior
insulation was added to ensure the building envelope
complies with ASHRAE 90.1 minimum R-value
requirement for mass wall category. CLT material has a
thermal conductivity of 0.12 W/m-K (0.83 Btu-in/h-ft2F) and a specific heat of 1600 J/kg-K (0.38 Btu/lb-F). The
infiltration parameter for CLT is calculated using data
provided by CLT manufacturer KLH. The infiltration rate
is calculated from the DOE-2 method and is applied as a
constant to all zones i.e. it is not calculated on an hourly
basis. Both buildings use central HVAC system with
constant Cooling Set point at 24.4°C (76°F) and Heating
Set point at 21.7°C (71°F) over the entire year. This is a
simplified assumption compared to real conditions where
the set-points may vary. The heating is primarily natural
gas with supplemental electrical coil heating. The cooling
is all electrical. HVAC system efficiency complies with
the minimum requirement of ASHRAE 90.1 (Heater
thermal efficiency=0.8, Gross rated cooling COP=4.2).
The mechanical ventilation is enabled at a constant rate of
2.94E-4 m³/sec-m2. The internal loads include Lighting at
1215 W/unit/day, Plug Load at 6.67 W/m², and 2.5 people
per-unit. Natural ventilation through a 0.12 m2 opening is
allowed for each individual unit from 6am-10pm, as long
as: the indoor air temperature is higher than 18.9°C and
lower than 25.56°C and outdoor air temperature is higher
than 15.6°C and lower than 26.6°C. This level of
ventilation is very conservative considering the amount of
window (approximately 14 m2/unit) for each unit. Both
buildings were modelled with the same external and

internal loading. Some key modelling parameters are
listed in Table 1 below:
Table 1: Parameters for reference building and CLT
alternative
Parameter
Wall
Assembly
R-value
(m²-K/W)
Roof
Assembly
R-value
(m²-K/W)
Infiltration*
(m³/s•m²)
Exterior
Wall
Assembly

Reference
3.02

CLT
3.62

5.34

7.25

5.69E -4

8.11E -5

F07 25mm
F07 25mm
Stucco
Stucco
Residential
G01 16mm
Exterior Wall
Gypsum Board
Insulation R-2.3
Residential
152mm CLT
Exterior Wall
Panel
Insulation R-2.8
G01 16mm
Gypsum Board
Roof
F13 Built-up
F13 Built-up
Assembly
Roofing
Roofing
Residential Roof Residential Roof
Insulation R-5.3
Insulation R-5.3
F08 Metal
229mm CLT
Surface
Panel
Windows
Window to Wall Ratio=30% for all
walls
Window Thermal Properties
U=0.60, SHGC=0.25
Based on 18m
Based on 2
Infiltration
m³/hr•m² at an
calculation
m³/hr•m² at an
internal pressure internal pressure
of 50 Pa
of 75 Pa
* The infiltration parameter for CLT was
calculated based on a value of 2 m³/hr•m² at an
internal pressure of 50 Pa (KLH CLT FAQ).

Using the typically meteorological year (TMY3) data, the
weather profile of Boston MA was applied automatically
by the Energy-Plus software using the annual
temperature, sunlight exposure, and moisture data. This
location was selected because in a similar study conducted
by the authors (Khavari et al. 2016), the CLT construction
was shown to achieve the most energy savings in cooler
climates such as Duluth MN. After evaluation of the CLT
building performance in Boston MA an additional
location in Miami FL will be analysed and compared to
reveal the impact of climate in CLT relative efficiency.
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Table 2: Comparison of Annual Utility Cost and Peak
Demands for reference building and CLT alternative
Energy
Component

Annual Energy
Usage

Cost

Peak
Demands

Reference
Total Utility

$ 166,400

---

---

Electric
Cooling
Heating

$ 146,100
$ 11,000
$ 13,800

Gas

$ 20,200

736 MWh
56 MWh
70 MWh
2085
GJ
(19,800
therms)

159 kWh
67 kWh
61 kWh
1122 MJ
(10.6
therms)
905
MJ
(8.6
therms)

Heating

907 GJ (8,600
therms)

$ 8,800
CLT

Figure 1: Building model used in the comparative study

3 BUILDING PERFORMANCE
COMPARISON FOR BOSTON MA
CLIMATE

Total Utility
Electric
Cooling
Heating
Gas
Heating

$ 154,500
$ 138,800
$ 12,600
$ 7,000
$ 15,700
$ 4,200

--700 MWh
63 MWh
35 MWh
1613
GJ
(15,300
therms)
435 GJ (4,100
therms)

--151 kWh
60 kWh
32 kWh
702
MJ
(6.7
therms)
476
MJ
(4.5therms)

Based on the EnergyPlus simulation, the total annual
utility cost (including electricity and natural gas) of each
building was listed in Table 2. The cost was calculated
based on a flat rate of $0.20/kWh for electricity and a
fixed rate of $9.71/GJ ($1.02/therm) for natural gas [10].
This was a simplified assumption that did not capture
variable rates but was valid for a relative comparison
between two construction types. Table 2 also lists other
vital statistics of the energy consumption including the
peak demands. Figure 4 illustrated the side-by-side
comparison of the energy cost for both buildings with the
break-down of different types of energy consumption,
namely heating, cooling, other HVAC (primarily energy
used by mechanical components of the HVAC such as
pumps and fans), water heater, lights, and plug loads (all
appliances). Based on the source, the total energy cost can
also be broken down into electric and natural gas.
For both buildings, the natural gas was used for heating
during the winter and to maintain water heaters year
round. The electric energy was used for appliance,
lighting, and HVAC. The electric HVAC usage can be
further broken down into cooling, heating (supplemental),
and mechanical. The mechanical part of HVAC is mostly
fans, with a small portion from pumps. Energy savings in
each category for adopting CLT are also listed in Figure
2. Note the percentage reduction listed in Figure 2 is the
percentage calculated based on the cost of that category
from the reference building, not the percentage of the total
energy cost.

Figure 2: Building energy consumption comparison for
reference and CLT buildings

One can see from the simulation data that although the
heating energy saving is significant (50% annually).
Further analysis revealed that over 80% of this saving in
heating is due to improved air-tightness of the building
envelop (less infiltration). The CLT option does not
generate a significant overall energy saving for the
building owner as in heating energy saving alone. This
result can mainly be contributed to the fact that the heating
energy consists of only a quite small portion of the overall
energy consumption (about 5%) as shown in Figure 3.
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Figure 3: Building energy consumption composition

Additionally, the analysis does not include any attempt to
optimize energy usage in the CLT building. It simply
indicated that a change in building wall and floor material
will not automatically provide overall energy usage
improvement. Further optimization will have to be
conducted to achieve higher energy performance.
While the comparison of annual energy consumption
provided an overview of the CLT building benefit, taking
a close look at hourly energy fluctuation during the design
winter and summer days will help engineers gain insight
into the performance of the CLT building operation. The
thermal loading of two apartment units on the 5th floor,
namely units N1 and S1 (see Figure 2), were illustrated in
Figures 4 and 5 for summer and winter design day loading
conditions. The sensible cooling and heating are the
hourly energy rate supplied by the HVAC system to the
units. Negative sensible cooling values correspond to
sensible heating and vice versa. For clarity of the figures,
the occupants, lighting and plug loads were aggregated
into Internal Loads. Positive infiltration and conduction
values are also hourly energy rate passing through the
envelope into the unit. The external temperature variation
(for standard design day) was also illustrated in the plots.
The orientation of the units affect the solar gain during the
design day. For example, during a summer design day, the
simulated peak for south unit solar gain is 998.4 W, while
the peak for the north unit is only 361.3 W. This solar gain
leads to the spike in peak cooling demand in the south
unit.
The simulation results showed that the CLT building has
the ability to shift cooling energy demand during summer,
while reducing peak AC demand. Interestingly, if one
integrate cooling energy demand during the peak time of
the day (2-8pm), CLT building will actually result in an
11-12% reduction for summer design day. Over the entire
day, CLT building uses slightly more cooling energy. This
result is consistent with the annual trend noted previously.
Notice that for heating the savings are apparent, this is
mainly due to air tightness of the CLT envelope. When
comparing the performance in the south and north units,

Figure 4: Building units energy consumption composition
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one can see that the south unit requires a notable amount
of additional cooling energy due to higher solar gains. The
difference between the CLT building and reference
building energy usage is summarized in Table 3,
following three categories as total daily energy, energy
over peak hours, and the instantaneous peak demands.
The positive difference in the table signifies savings with
CLT.
Table 3: Design day Heating and Cooling Power and energy
consumption for units N1 and S1

Sensible Sensible Sensible Sensible
Cooling Cooling Heating Heating
N1
S1
N1
S1
Ref Total Energy (kWh)

27.76

32.03

30.98

30.58

CLT Total Energy (kWh)

25.61

30.06

12.52

12.10

Total Energy % Difference

7.7%

6.1%

59.6%

60.4%

Ref Peak Hours* Energy (kWh)

8.81

9.96

8.69

11.68

CLT Peak Hours Energy (kWh)

3.38

8.77

3.26

10.39

Peak Hours Energy % Difference

61.6%

11.9%

62.5%

11.0%

Ref Peak Rate (kW)

1.42

1.56

1.40

1.93

CLT Peak Rate (kW)

0.66

1.38

0.64

1.83

Peak Rate % Difference

8%

4%

46%

47%

*Peak Hours defined as 2:00 PM to 8:00 PM

Following the analysis on Boston climate, a systematic
sensitivity analysis was conducted to study the impact of
climate, internal loading condition, and HVAC control on
the efficiency of CLT tall building model.

4 SENSITIVITY OF THE BUILDING
PERFORMANCE COMPARISON
In the sensitivity analysis, three factors that can affect
building energy consumption are studied in depth. The
first factor is the location, which dictate the weather
profile and external weather loading to the buildings. The
second factor is the internal loading, as in very air-tight
buildings, a portion of AC is needed to cool-down the
building from internal sources during summer, while the
heating can be reduced due to the existence of internal
heating. Finally, the HVAC set points will be examined
by applying a more stringent scenario where inhabitants
will tolerate a wider range of temperatures. As this study
is focused on the relative benefit of using CLT
construction over traditional metal frame construction, the
main indicator used in the sensitivity analysis is the cost
(or energy consumption) difference between the CLT and
reference building, which can be used to quantify the
incentive to adopt CLT under different conditions.
4.1 DIFFERENT LOCATIONS

Figure 5: Building units energy consumption composition

Another location in a different climate zone was selected
for the sensitivity analysis and compared to Boston MA.
The location selected is Miami FL, which is in Climate
Zone 1A. In order to isolate the effect of climate, the
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Boston MA electric and gas utility rates were applied to
both buildings. All modeling parameters except the
weather condition (design day and annual) and building
envelope insulation R values were kept the same. It was
shown that modelling insulation specific to each climate
produced a more accurate comparison between climate
zones. The CLT building is expected to be more beneficial
for Boston MA than in Florida because of its heating
performance.
Figure 6 shows annual utility cost comparison for the two
locations using the same building model. Overall,
adopting CLT construction resulted in utility cost saving
for all locations, but the savings are much more
substantial for Boston. Surprisingly, CLT showed slight
advantage over reference building in cooling at Miami.
This can likely be contributed to the lack of free cooling
over the nights in Miami (i.e. temperature is too high even
at night for free cooling), which makes the low infiltration
CLT envelop perform better. From this preliminary
analysis, it can be concluded that the CLT is more
favorable for colder climate. In climate zone as Boston,
adopting CLT without any other optimization (e.g.
dynamic set point, variable rates, natural ventilation, etc.)
can result in about 10% total utility savings for the 10story multi-unit residential building considered. Further
savings may be achievable through carefully planned free
cooling or precooling with variable utility rates. But
additional studies are needed for optimal design.

Figure 6: Building energy consumption composition for two
different climates

4.2 INTERNAL LOADING SENSITIVITY (AT
BOSTON MA)
As it is mentioned earlier, the internal electric loads
defined in the reference building are based on the Building
America House Simulation Protocols (Wilson et al 2014).
This area-normalized internal load is based on single
family home usage and can be quite conservative (overestimating internal energy consumption and thermal gain)

for multi-unit residential buildings. It also assumes all
gains stay in the building (as oppose to be vented out such
as heat from dryers, etc.) Because a major difference
between the CLT and reference building is the insulation
and infiltration parameters, a change (especially
reduction) in internal load may potentially increase the
efficiency of the CLT option further.
In order to investigate the impact of internal load levels,
three additional internal load scenarios were considered
for the sensitivity analysis in addition to the “Control”
scenario (i.e. the original internal load model):
1) Reduce internal electric load to 75% of the Control
scenario. This is intended to bring the apartment unit
internal load to a more realistic level.
2) Keep the internal load the same as Control scenario, but
include 30% fraction loss. This adjustment follows the
latest Building American House Simulation Protocols
(http://www.nrel.gov/docs/fy11osti/49246.pdf)
that
considers the internal gain vented out of the thermal zone
3) Consider both the 75% internal load and 30% loss. A
combination of scenarios 1 and 2.
These scenarios were applied to both the reference and
CLT buildings using the Boston climate profile. The
resulted total annual cost comparison is shown in Figure
5.

Figure 7: Building energy consumption composition for
different internal loading conditions

CLT cooling efficiency slightly increases with the
reduction of internal load. This is expected because of the
reduction in internal heating sources. But the percentage
of heating savings of CLT actually decreases. This is due
to the increased overall heating energy consumption
(because there is less internal load to help heat the
building) and approximately unchanged heating energy
saving associated with CLT envelope (i.e. the absolute
amount of energy saving by having a better envelop is
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about the same, resulting in decreased percentage
savings). Overall, the differences among all scenarios are
marginal. The benefit of adopting CLT is not sensitive to
internal load for the building models considered in this
study.
4.3 HVAC SET POINT
By applying advanced control strategy to modern building
HVAC system, improvement of the building energy
efficiency can be achieved. However, for CLT buildings
as it is still relatively new, the impact of HVAC control
on tall CLT building energy efficiency should first be
investigated in a basic setting. In this study, we seek to
develop an understanding of how HVAC set point, which
can be easily incorporated in the E-Plus simulation, affect
the relative effectiveness of CLT building to the reference
building. Two basic set point scenarios were investigated,
namely the basic scenario in the previous analysis, and a
“stringent” scenario where the occupants decided to be
more tolerate on high temperature in the summer and will
not turn on AC until a higher temperature level is reached.
The simulation was run in both Boston MA and Miami FL
to account for differences between climates. The same
control scenarios were applied to both the reference and
the CLT buildings. The HVAC heating set point was
lowered by 2.78°C (5°F), while the cooling set point was
raised by 2.78°C. In addition, the natural ventilation set
points shown in table 4 were adjusted to mirror the HVAC
set point modifications. These set points bound the inside
and outside air temperatures in which natural ventilation
is allowed. These controls are used to prevent overheating and over-cooling of indoor spaces which may lead
to excessive cooling and heating loads.
Table 4: HVAC Set Point Sensitivity Analysis Parameters

Basic
Stringent

Basic
Stringent

HVAC Set Points (°C)
Heating
Cooling
21.7
24.4
18.92
27.18
Natural Ventilation Set Points (°C)
Min
Max
Min
Indoor
Indoor
Outdoor
18.89
25.56
15.56
16.11
28.34
12.78

Max
Outdoor
26.67
29.45

The results show that a more stringent HVAC scenario
will reduce the overall energy usage, however the relative
effectiveness of CLT worsens. In both Boston and Miami
the heating reduction associated with CLT drops by 5%.
Cooling becomes less effective in both locations as well
with a noted 18% loss in effectiveness in Boston. This is
a surprising result which indicates that CLT performs
better with tighter HVAC set points regardless of climate.

Figure 8: Building energy consumption composition for
different internal loading conditions

5 CONCLUSIONS
CLT envelop can greatly improve building heating energy
performance, resulting in about 50% savings within the
heating energy category. The massiveness of CLT
material can help reduce the peak demands on cooling and
heating for all situations considered in this study. If active
pre-cooling is carefully planned with variable utility rates,
there are great potentials for improvement CLT building
cooling energy efficiency. The total building energy
consumption difference between the CLT and reference
buildings is not significant for the climate zone
considered. This is primarily due to break-down
composition of residential energy consumption.
The results and conclusions from this study have
following limitations. The analysis is mainly based on a
single building with assumed simulation parameters. CLT
building is insulated simply based on ASHRAE minimal
requirement, which may not take into account other
advanced energy efficient technologies that may be
integrated into CLT. It is likely the full potential of CLT
energy efficiency is not reflected by this study. It is
recommended to use the results from this study as a lower
bound for energy performance of CLT construction.
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TIMBER BUILDINGS WITH ENHANCED ENERGY AND SEISMIC
PERFORMANCE FOR THE MEDITERRANEAN REGION
Julia Ratajczak1 , Daniel García1 , Andrea Polastri2 , Giovanni Pernigotto3 , Alessandro
Prada4 , Marco Baratieri3 , Andrea Gasparella3 and Cristina Benedetti1
ABSTRACT: Timber buildings are characterized by a thermal inertia lower than other technological solutions in
construction. For this reason, some configurations may lead to higher cooling demand and poorer energy performance in
hot climates, such as the Mediterranean ones. Possible improvement interventions often regard additional thermal mass
but, if not accurately designed, they can worse significantly structural and seismic perfo rmance of timber buildings which is of primary importance in many Italian regions. In this framework, the TimBEESt project studied some
technological solutions for timber buildings in Light Timber Frame and Cross-Laminated Timber, able to improve the
dynamic behaviour of the opaque components without worsening their seismic performance. First, the Italian territory
was analysed in order to find classes of climate and seismic solicitations and energy and structural performances of
reference LTF and CLT building models were simulated. Then, for each Italian province, specific interventions and
improvements were defined and evaluated.
KEYWORDS: Timber buildings, thermal mass, energy behaviour, structure behaviour

1 INTRODUCTION

123

Timber technology has excellent structural behaviour in
seismic zones, like large portions of the Italian territory,
but its low thermal inertia (compared to masonry or
concrete) makes it less competitive in optimizing the
energy performance in the summer period. Consequently,
in Italy this technology is diffused only in the Alpine
regions of the country or limited to some building
components (e.g. roofs). In order to investigate both
potential and feasibility of timber buildings with highenergy performance across the country, the Autonomous
Province of Bolzano-Bozen funded the TimBEESt project
- Timber building with enhanced energy and structural
performance, from 2013 until 2015. This research project
aimed at identifying strategies for the improvement of the
cooling energy performances of Italian timber buildings
by adding thermal mass, and paying attention to preserve
their high seismic performance at the same time. Three
different research institutions were involved in the
project: Fraunhofer Italia Research, FIR, for the building
component design and thermal analysis, the Free
University of Bozen-Bolzano, FUB, for the energy
dynamic simulations, and Trees and Timber Institute CNR
– IVALSA, for the structural and seismic analyses.
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1.1 STATE OF THE ART
Thermal mass of building components is able to absorb
excess heat during the daytime and regulate indoor
temperature swings, as well as reducing peak cooling load
[1] and releasing part of the absorbed heat during
nighttime [2]. According to [3], the global effect of
thermal mass on building energy performances depends
on the thermal physical properties of the layers in the
component, their thicknesses and, in particular, their
relative position. All these aspects are widely discussed in
the literature.
Comparing the dynamic behaviours of lightweight (i.e.,
timber) and heavy (i.e., masonry) walls, Olgyay [4] found
different amplitudes and time lags. Lightweight wall
heated up more during the hot daytime hours than heavy
wall, considering the same climatic conditions as well as
the same heat transmission. Baverstock and Paolino [5]
observed a 27 % reduction of the cooling peak loads in a
commercial building in Perth (Australia) due to thermal
mass effect. Szokolay [6] underlined that, in case of daily
variations of the ambient temperature larger than 10 °C, a
massive building can exploit successfully the night
ventilation to reduce the fluctuation of the indoor air
temperature up to 2.5 °C. Shaviv [7] focused on the
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optimal thickness of concrete layers, suggesting 10 cm for
internal partition and 15 cm for external walls. Similarly ,
Robertson [8] observed that around 10 cm-thick massive
layers in residential and small commercial buildings can
bring up to 40 % energy savings in space air-conditioning
in mild climates, in agreement with the findings of other
authors [9, 10]. Al-Sanea and Zedan [11] studied the
optimal position of insulating and massive layers in
building envelope components for the arid climate of
Riyadh, Saudi Arabia, and got the best performances in
case of thermal mass split into two parts by insulating
layers.
In 2012, FIR carried out a research project focused on the
improvement of summer thermal behaviour of timber
buildings [12] and designed new building component to
add internal mass to Light Timber Frame technology. A
house prototype based on the proposed solutions was
simulated, built and monitored. Results revealed a 10 %
increase of the walls’ heat capacity and a significant
improvement of the summer behaviour with respect to the
state of the art. In the framework of the TimBEESt project,
the research on high performance timber buildings has
been continued, extending its scopes to the whole Italian
territory and coupling both energy and structural
constraints in timber building design.

2 METHODS
The research was divided in the four phases described in
the following sections.
2.1 PHASE 1: STATE OF THE ART
2.1.1 Standard building components
Based on the most common technological solutions of
timber buildings [13], FIR and CNR-IVALSA identified
standard building components of walls, roof, external slab
and floors in both Light Timber Frame (LTF) and CrossLaminated-Timber (CLT) technologies. Seismic and
thermal performances were analysed. Regarding the
latter, for each component the following quantities were
calculated:
 thermal transmittance U [W m-2 K-1 ];
 periodic thermal transmittance Yie [W m-2 K-1 ], time
shift φ [h] and decrement factor f [-] according to EN
ISO 13786:2007 [14];
 internal areal heat capacity k 1 , [kJ m-2 K-1 ] and long
term thermal capacitance d ρc [kJ m-2 K-1 ].
In hot climatic zones, insulation layers of the standard
building components reached considerable thicknesses in
order to satisfy the Italian low prescription about Yie and
φ. Furthermore, if consider winter requirements (Uvalue), insulation layers could be reduced. Thus, the
application of thermal mass layers could allow to reduce
thickness of the insulation layer and to have a possible
cost savings of materials.
2.1.2 Environmental constraints
Within the project, the main constraints were considered
by means of Climate Indicators (CI) and Seismic
Indicators (SI).

The first index affects the cooling energy demand of
buildings. CI were calculated by FUB as Cooling Degree
Days CDD [Kd] referred to horizontal surfaces with
absorption coefficient α [-] of 0.3, 0.6 or 0.9. CDDs were
estimated for the capital cities of each Italian province
from May to September, considering the cumulative
positive differences between the internal temperature of
26 °C and hourly profiles of sol-air temperatures θsol-air,α.
For each solar absorptance, θsol-air,α were evaluated from
Test Reference Year weather data by CTI – Italian
Technical Committee. Furthermore, four climatic zones
were defined according to CDD and combined with the
current Italian classification [15] based on Heating
Degree Days HDD [K d]. Thus, the Italian territory was
subdivided into 13 climatic zones based on both Heating
and Cooling Degree Days.
Italy is a country characterized by a high seismic activity
including areas with low (e.g., Sardinia Island) and highenergy earthquakes (e.g., Calabria). In order to define a
Seismic Indicator (SI) for the Italian territory, the
horizontal seismic action on buildings was calculated by
CNR – IVALSA. To define it, the elastic horizontal ground
acceleration response spectrum Se(T) [-] was evaluated
by using Simqke software [16] for capital cities of the 110
Italian provinces according to [17, 18], assuming a type D
of ground.
2.2 PHASE 2: DESIGN OF IMPROVED
BUILDING COMPONENTS
Based on the literature review and in particular to [11],
some technological solutions for Italian climate were
identified and considered in designing building
components enhanced by thermal mass – i.e., “improved
building components” (Figure 1). Furthermore, CNRIVALSA defined the structural constraints for the
application of thermal mass to walls.
Three types of LTF walls and four types of CLT walls
were designed by FIR. For the additional massive layers,
the following materials were used: (a) double panel of
gypsum fibreboard (thickness d = 2 x 1.5 cm, density ρ =
1800 kg m-3 , thermal conductivity λ = 0.32 W m-1 K-1 ,
specific heat capacity c = 1200 J kg -1 K-1 ); (b) brick (d =
5 cm, ρ = 1800 kg m-3 , λ = 0.8 W m-1 K-1 , c = 850 J kg -1
K-1 ) and (c) clay panels (d = 2.5-3.5 cm, ρ = 1600 kg m-3 ,
λ = 0.73 W m-1 K-1 , c = 1000 J kg -1 K-1 ). With regard to
changes to other building components, a CLT double
pitched roof was selected as an improved solution for LTF
double pitched roof, because of its better thermal and
structural behaviour. Natural insulation material was used
in all improved walls and roofs and synthetic one in
external concrete slab. A multi-criteria analysis was
applied to find for each climate the best improved wall for
both CLT and LTF. Percentage differences of dynamic
thermal parameters and of wall/insulation thickness
between improved walls and standard walls were chosen
as criteria for the selection [19].
2.3 PHASE 3: SIMULATIONS
2.3.1 Reference building model
Reference building models were used in both energy and
structural simulations (Figure 2). The surface area of the
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reference buildings is 200 m2 (20 m x 10 m) and the
internal height is 3 m. Simulations were carried out
considering both CLT and LTF structures. Each model
was simulated first with standard building components,
“building model 1”, and then with improved building
components, “building model 2”. Two different window
sizes were considered: 1.2 m x 1.2 m and 1.2 m x 2.2 m.
Structural simulations included the whole building model,
while in energy simulations only a single thermal zone
was investigated.

The structural simulations assumed 3- and 5-storey
building models, with total height of 9 m and 15 m,
respectively. In the 3-storey building, the thickness of
wall structure was equal to 10 cm for CLT and 12 cm for
LTF. Instead, for the first three floors of the 5-storey
building, the thickness of wall structure was assumed
equal to 14 cm for CLT, 16 cm for LTF and for the last
two floors was equal to 10 cm for CLT and 12 cm for LTF.
In each case, the floor is made of CLT panels.

Figure 1: Composition of improved building components

The energy simulations considered one unit of the
building model, i.e., an apartment of 10 m x 10 m x 3 m.
To achieve a wide range of energy output data, in addition
to the alternatives discussed above, different
configurations of the surface area to volume ratio S/V,
window orientations and window properties (a glazing
with thermal transmittance Ug = 1.2 W m-2 K-1 and solar
heat gain coefficient SHGC = 0.6 and another with Ug =
1.2 W m-2 K-1 and SHGC = 0.4) were applied to the model,
as shown in Figure 3. As a whole, 160 configurations were
defined for energy dynamic simulations.

Figure 2: Plan of the reference building models

Figure 3: Configurations of reference building model for the
energy simulations

2.3.2 Seismic simulations
The following design parameters were considered: a)
construction system (CLT or LTF); b) maximu m soil
acceleration of the different representative Italian cities;
c) selected walls (standard or improved) and related mass
(light or heavy); number of storey (3-5).
The earthquake action for parametric case studies was
calculated according to Eurocode 8 [18] and the
associated Italian regulations [17] using design response
spectra for building foundations resting on ground typ e D,
with a building importance factor of  = 0.85. Four
different level of PGA were calculated assuming that the
building is located in the following Italian cities Enna,
Caserta, Avellino and Cosenza. These cities represent
different seismic magnitudes that are characterized by
different Italian seismic prone areas [20]. The seismic
action was calculated starting from the elastic spectra and
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applying an initial q-reduction factor of 2 and 4 [18]
respectively for CLT and LTF buildings [21].
2.3.3 Monitoring campaign
In order to quantify CLT and LFT energy performance
during the cooling season, two test cells were built, setup
and monitored by FUB from May to September 2015.
These prefabricated timber test cells [20] (Figure 4) were
realized to measure the thermal performance of building
components in real dynamic conditions. The volume of
each test cell was around 13 m3 , with internal surface area
of 35 m2 and 33 m2 , respectively in the test cell 1 and 2. In
each one, a window of 1.3 m2 was included on the
southern façade. To obtain a representative data related to
the analysed walls in the research project, test cell 1 has
LTF walls, CLT floor/ceiling and test cell 2 has CLT walls,
CLT floor/ceiling, both with the same thermal
transmittance of about 0.5 W m-2 K-1 for walls and ceiling.
No HVAC system was equipped and, thus, indoor
temperature was under free-floating condition based on
external climatic conditions and thermal response of the
envelope.




fraction of time with operative temperature To larger
than 26 °C or larger than 28 °C;
cooling energy need per square meter [kWh m-2 ]
during the simulation period.

2.4 PHASE 4: ANALYSIS
In this phase, FIR analysed the results from energy and
structural simulations.
As regards the energy evaluation, the energy
performances of the improved “building models 2” were
compared to those of the standard “building models 1”, in
order to quantify achievable improvements and
variations. To perform this comparison on the set of 160
configurations, cumulative distribution functions, CDF,
of the standard normal distribution, Φ, were calculated as:
𝐹 (𝑥) = Φ (

𝑥−𝜇
𝜎

)=

1
2

[1 + erf (

𝑥−𝜇
𝜎 √2

)]

Where σ and μ are, respectively, the standard deviation
and the mean of the standard normal distribution Φ.
The CDF of comparison output data were evaluated for
each capital city and climatic zone, distinguishing the two
timber structures – i.e., CLT and LTF. Different levels of
improvement were calculated according to:
𝑃 = (𝑎 < 𝑋 ≤ 𝑏) = 𝐹𝑥 (𝑏) − 𝐹𝑥 (𝑎 )

Figure 4: Test cells used during the monitoring campaign

The monitoring campaign collected the following thermal
parameters, considering the registration with automatic
time-step every 5 minutes:
 Internal and external air temperature [°C];
 Indoor and outdoor surface temperature of all building
components (walls, roof and floor) [°C];
 Heat fluxes through walls, measured at the inner side
[W m-2 ].
Identified as the most representative for the summer
climate conditions, the data collected from July 6th to July
22nd were used to confirm the different dynamic
behaviours of the two timber technologies and to calibrate
and validate the TRNSYS® [22] building simulation
models. The calibration of energy models of the two test
cells was performed by applying a Genetic Algorithm to
minimize the Root Mean Square Deviation RMSD with
respect to the measured heat fluxes, surface temperatures
and, in particular, indoor air temperature.
2.3.4 Energy dynamic simulations
FUB carried out building energy simulations of “building
model 1” and “building model 2” for all 110 Italian
provinces capital cities for the period ranging from May
1st to September 30th . Constant internal heat gains and
natural ventilation rates were adopted, respectively equal
to 4.0 W m-2 [23] and to 0.3 ACH. No shading s ystems
were applied to windows; HVAC system was modelled as
ideal and a constant 26 °C cooling setpoint was imposed.
The following outputs were monitored:
 cooling peak load [kW];

(1)

(2)

Where P is the probability that X relies in the semi-closed
interval (a, b], X is the comparative variable calculated
from the simulated output data (e.g., percentage of
reduction of cooling load peak), a, b establish the
considered range of improvement (e.g., from 10 % to 20
%) and Fx(a) and Fx(b) are probability values of the CDF.
The following ranges were considered for each capital
city:
 0-10 %, 10-20 % and 20-30 % for the CDF of cooling
peak load;
 0-10 %, 10-15 % and 15-20 % for the CDF of the
percentage of time with To > 26 °C;
 0-10 %, 10-20 %, 20-30 %, 30-40 % and 40-50 % for
the CDF of the specific cooling needs.
Furthermore, to visualize the CDF mean value of each
comparison output data at the provincial level, the QGIS®
[24] software was used to create different thematic maps.
Finally, for each climatic zone, a CDF was calculated
averaging the comparative results of the cities in that
climatic zone.
According to the classification of the Seismic Indicator
and configurations of connections calculated for the most
representative capital cites (Emma, Caserta, Avellino and
Cosenza):
 building height limit, when additional thermal mass is
applied to walls;
 configuration of connections for the reference
building models according to [17, 25, 26 and 27].
To visualize this information at provincial level, also in
this case, different QGIS thematic maps were developed.
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3 RESULTS

The combination of CI and SI allowed the definition of 19
classes, which are represented in the Synthesis Map of
Figure 6.

3.1 ENVIRONMENTAL CONSTRAINTS
As regards the Climatic Indicator, the CDD calculated for
each capital city were classified into quartiles as shown in
Table 1. The distribution of CDD classes for three values
of α (0.3, 0.6, 0.9) was represented on thematic maps
using QGIS.
Based on CDD, FIR and FUB proposed to group capital
cites according to both HDD and CDD, identifying 13
climatic zones, as shown in Figure 5. Furthermore,
according to the multi-criteria analysis, improved walls
were correlated to the climatic zones based on both
Heating and Cooling Degree Days:
 LTF wall, “type c” is suitable for climatic zones: B-D,
C-B, C-C, C-D, D-C, D-D, E-C, E-D;
 LTF wall, “type b” is suitable for climatic zones: D-A,
D-B, E-A, E-B;
 CLT wall, “type d” is suitable for climatic zones: D-A,
D-B, E-A, E-B, E-.C, E-D;
 CLT wall, “type b” is suitable for climatic zones: B-D,
C-B, C-C, C-D, D-C, D-D.

Table 1: Classification of CDDs for α=0.3, 0.6, 0.9
Class
A (light green)
B (yellow)
C (orange)
D (red)

Class
NS - Not seismic zone (grey)
I (yellow)
II ( light green)
III (green)
IV (dark green)

Winter climatic zones based on HDDs [17]

A

A
-

B

-

-

-

MESSINA, TRAPANI,
AGRIGENTO, PALERMO,
CROTONE, REGGIO
CALABRIA, CATANIA,
SIRACUSA

C

-

BENEVENTO, CATANZARO,
SASSARI, OLBIA-TEMPIO

NAPOLI, IMPERIA, RAGUSA,
CAGLIARI, BARI, BRINDISI,
MEDIO CAMPIDANO,
CARBONIA-IGLESIAS,
BARLETTA-ANDRIA-TRANI

TARANTO, LATINA,
CASERTA, SALERNO,
COSENZA, ORISTANO

D

SAVONA, LA SPEZIA,
TRIESTE, MACERATA,
MASSA-CARRARA, PISA,
SIENA, ISERNIA

GENOVA, LUCCA, VITERBO,
CHIETI, NUORO, VIBO
VALENTIA, FERMO

PESARO E URBINO,
ANCONA, ASCOLI PICENO,
PISTOIA, LIVORNO,
GROSSETO, TERNI,
PESCARA, PRATO,
OGLIASTRA

CALTANISSETTA, ROMA,
FIRENZE, AVELLINO,
FOGGIA, TERAMO, MATERA

E

F

NOVARA, TORINO, VARESE,
VERCELLI, ALESSANDRIA,
COMO, MILANO, BERGAMO,
BRESCIA, PAVIA, CREMONA,
BOLZANO, TRENTO AOSTA,
REGGIO NELL'EMILIA,
MANTOVA, TREVISO,
SONDRIO, VICENZA, UDINE,
PIACENZA, FERRARA, ASTI,
VENEZIA, PADOVA, LODI,
AREZZO, PORDENONE,
RAVENNA, RIETI, POTENZA,
MODENA, BOLOGNA, FORLI'VERBANO-CUSIO-OSSOLA,
L'AQUILA
CESENA, CAMPOBASSO,
MONZA E DELLA BRIANZA,
GORIZIA, RIMINI
BIELLA, LECCO
CUNEO, BELLUNO

CDD
α=0.6
[Kd]
< 560
560-670
670-750
> 750

CDD
α=0.9
[Kd]
< 950
950-1110
1110-1180
> 1180

Table 2: Classification of Se(T) referred to the capital cities

Regarding the Seismic Indicator, the horizontal ground
acceleration response spectrum Se(T) was divided in five
classes, as shown in Table 2.
Summer climatic zones based on CDDs, α=0.6
B
C
-

CDD
α=0.3
[Kd]
< 225
225-290
290-360
> 360

Se(T)
[g]
< 0.4
0.4-0.6
0.6-0.8
> 0.8

D
-

VERONA, ENNA, PARMA,
PERUGIA, FROSINONE

Figure 5: Climatic zones based on HDD and CDD

3.2 STRUCTURAL PERFORMANCE
3.2.1 Thermal mass applied to timber structures
The different typologies of walls were studied. According
to the results of a preliminary calculation, standard CLT
or LTF structures, sited in the studied seismic areas, can
withstand to a maximum increase of mass equal to 20 %.
3.2.2 Parametric analysis
Reference building model reported in section 2.3.2 was
analysed by the use of the force pattern obtained by
applying linear elastic static analysis [18]. In such a way,
it was possible to characterize both CLT and LTF
reference building models, sited in four representative
cities, in terms of shear and up-lift forces. Once the
actions, loading the connectors was calculated, the
different connections were determined following the

-

Figure 6: Synthesis Map (CDD α= 0.6 and Se(T))

configurations reported in Table 3. Furthermore, it was
possible to define seismic areas, where 3- and 5-storey
reference buildings models cannot be build up, thus
providing structural limits for the building height.
In order to verify the simplified assumptions, given by the
adopted linear elastic static analysis [18], two different 3D
model were implemented: for CLT reference building, the
walls were simulated by the use of shell elements while
for LTF building model a trussed system was adopted.
Connectors were implemented by the use of linear link
characterized by proper stiffness [28]. These models were
implemented by the use of the structural software
Sap2000 [29]. A dynamic elastic analysis was
implemented according to the same hypothesis reported
in section 2.3.2. The principal vibration modes were
studied and the forces on the connection were determined
(Figure 7).
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3.2.3 Final evaluations
The classes of SI were considered to correlate results of
parametric analysis made for four representative cities to
the rest of the Italian capital cities. Representative cites
belonged to every class of SI, so using the QGIS software,
it was easy to correlate results and represent them at the
territorial level. The following maps were elaborated:
 Configuration of connections for 3-storey building
model in CLT with applied thermal mass to walls;
 Configuration of connections for 5-storey building
model in CLT with applied thermal mass to walls;
 Configuration of connections for 3-storey building
model in LTF with applied thermal mass to walls;
 Configuration of connections for 5-storey building
model in LTF with applied thermal mass to walls
(Figure 8).
In reference to the thematic maps, results are as follows:
 5-storey building model in LTF and CLT with thermal
mass applied to walls can be built up in: Torino,
Alessandria, Biella, Asti, Vercelli, Novara, Savona,
Genova, Verbania, Como, Lecco, Monza, Milano,
Pavia, Cremona, Sondrio, Lodi, Bolzano-Bozen ,
Trento, Padova, Venezia, Rovigo, Grosseto, Latina,
Bari, Taranto, Brindisi, Lecce, Enna, Caltanissetta,
Trapani. In other capital cites is not possible to erect
such building.
 3-storey building model in LTF and CLT with applied
thermal mass to walls can be built up in all capital
cities.
Table 3: Different connection configurations adopted for CLT
and LTF reference building in Enna, Caserta, Avellino and
Cosenza.
ID
AS1
S1
S2
S3

CLT
LTF

Description
2 brackets – asymmetric
1 hold down – asymmetric
2 + 2 angular brackets
1 + 1 hold down
4 + 4 angular brackets
2 + 2 hold down
6 + 6 angular brackets
3 + 3 hold down
n.
storey
3
5
3
3
5
5

Elements
Connectors
Connectors
Connectors
P anels
Connectors
P anels

Enna
L
H
S1
S2
S3
S3
S1
S1
ok
ok
S2
S2
ok
ok

Type
Titan 200
WHT 440
Titan 200
WHT 440
Titan 200
WHT 440
Titan 200
WHT 6200
Caserta
L
H
S2
S2
S3
S3
S1
S2
ok
ok
S3
S3
no
no

Avellino
L
H
S2
S3
no
no
S2
S2
ok
ok
S3
S3
no
no

L = Light (without thermal mass); H = Heavy (with thermal mass)

Figure 7: FE Model for CLT case study

n. of conn.
2
1
4
2
8
4
12
6
Cosenza
L
H
S3
S3
no
no
S2
S2
ok
no
S3
S3
no
no

Figure 8: Configuration of connections for 5-storey building
model in LTF with applied thermal mass to walls

3.3 THERMAL AND ENERGY PERFORMANCE
3.3.1 Thermal performance
For each province capital city in the 13 climatic zones, the
improved walls were compared with standard walls in
order to find out the percentage variation of dynamic
thermal parameters, overall wall and insulation
thicknesses.
According to these results, it is pos sible to pinpoint that
LTF walls showed the major improvement, especially in
terms of reduction of the insulation thickness necessary to
respect the law prescription about Yie. In details:
 Major improvements of dynamic thermal parameters
and reduction of the insulation thickness were found
for “type c” wall in the climatic zones with warm
winter and hot summers (i.e., B-D, C-B, C-C, C-D).
 Good improvement was found for both “type b” and
“type c” walls in climatic zones with mild winter (DA, D-B, D-C, D-D) or cold winter and mild summer
(E-A, E-B), even if in zones with mild summer (D-A,
D-B, E-A, E-B) the reduction of the insulation
thickness was more limited.
 The lowest improvement was found for “type c” walls
in climatic zones with cold winter and hot summer (EC, E-D).
 As regards the reduction of the overall wall thickness,
it was registered only in zones B-D, C-B, C-C, C-D,
E-C and E-D.
In reference to CLT walls, the improvement of dynamic
thermal parameters was similar in all climatic zones.
There was no reduction of the insulation thickness and, on
the contrary, it increased for “type d” walls in zones E-C,
E-D. In most cases except for zones D-C and D-D, the
total wall thickness increased.
As regards the wall types maximizing the improvements
on both dynamic thermal parameters and of overall wall
thickness in the climatic zones:
 For LTF buildings, “type c” is more performing in
climatic zones with hot summers (B-D, C-B, C-C, C-
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3.3.2 Results of the monitoring campaign
The data measured during the monitoring campaign were
analysed, filtered in order to remove errors and outliers
and then used for a comparison between LTF and CLT
technologies. As showed in Figure 9, the indoor air
temperatures measured in the month of July are
characterized by lower amplitudes in the CLT test cell
with respect to the LFT one. Moreover, it is possible to
detect a delay between the two indoor air temperature
profiles. Generally, the heat fluxes recorded for the CLT
solution have lower amplitude and a slower transient
behaviour with respect to those for the LTF case. This is
particularly clear for east- and west-oriented walls, which
are subjected to large variations of the incident solar
irradiation during the daytime, as it can be seen
respectively in Figures 10 and Figure 11. Similarly to
what observed for indoor air temperature, also surface
temperatures revealed smaller variations and lower
average values in case of CLT.
40

Indoor Air Temperature
LTF
CLT

35

External air

[°C]

30
25
20
15
10
07/07/2015

14/07/2015

21/07/2015

28/07/2015

Figure 9: Indoor air temperatures in LTF (blue) and CLT (red)
test cells during July
2
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1
0
-1
-2
-3
-4
-5
-6
-7
-8
07/07/2015

LTF

CLT
14/07/2015

Figure 11: Heat fluxes measured on the internal side of the westoriented walls of LTF (blue) and CLT (orange) test cells during
July.

As a whole, CLT solutions are able to reduce more the
variation of both air and internal surface temperatures, as
well as the exchanged heat fluxes, with respect of LTF
ones.
The measured data were used to assess the capability of
TRNSYS model to detect the same peculiar differences
found between the two timber solutions and, thus, to
provide consistent results in the detailed simulation plan
on the reference building models. After the calibration of
the test cell models, RMSDs calculated with respect to
indoor air temperatures were reduced from 5.02 °C to 0.77
°C for LTF test cell and from 12.73 °C to 0.95 °C for the
CLT one, demonstrating a reliability of the simulated
outcome.
3.3.3 Energy performance
To understand the percentage variation between improved
and standard configurations, the CDFs of comparison
output data, such as cooling peak loads, fraction of time
with operative temperature larger than 26 °C, fraction of
time with operative temperature larger than 28 °C and
cooling energy need per square meter, were analysed and
represented on graphs.
The CDF graphs were elaborated for every capital city
and climatic zone. Figure 12 shows all CDF mean values
of all comparison output data in every climatic zone and
Figure 13 reports the graphs for the climatic zone B-D, as
an example.
Climatic
LTF
CLT
zone
Mean value
Mean value
based on
% of time % of time
Cooling
% of time % of time
Cooling
Coolig
Coolig
HDD and
with
with
energy need
with
with
energy need
Peak Load
Peak Load
CDD
To>26°C To>28°C
per m2
To>26°C To>28°C
per m2

-1

-7

2

[W m-2]

D, D-C, D-D, E-C, E-D) while “type b” is better in
case of mild summers (D-A, D-B, E-A, E-B);
For CLT buildings, “type d” is suitable for climat ic
zones D-A, D-B, E-A, E-B, E-C and E-D while “type
b” is a good solution for climatic zones B-D, C-B, CC, C-D, D-C and D-D.

LTF

CLT
14/07/2015

Figure 10: Heat fluxes measured on the internal side of the eastoriented walls of LTF (blue) and CLT (orange) test cells during
July
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1,32%
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-2,17%
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C-B
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-1,35%
0,41%
0,01%
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-1,82%
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-0,91%
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0,02%
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-1,15%
-1,66%
0,06%
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N.B.: Negative values mean an improvement of the building model with thermal mass if compared with the standard
building model (without thermal mass).

Figure 12: CDF mean values in climatic zones based on HDD
and CDD.

WCTE 2016 e-book | 3117

In reference to province capital cities, the CDF mean
values of the comparison output data were calculated and
visualized in QGIS to create thematic maps (Figure 14),
which helped to highlight the following findings.
In LTF building models, reductions between 4 % and 5 %
of the cooling peak load were found for Aosta, Isernia, La
Spezia and Siena, between 4 and 7 % of the fraction of
time with To > 26 °C for Arezzo, Benevento, Catanzaro,
Isernia, Olbia, Ragusa and Siena, and larger than 9 % of
cooling needs per square meter for Aosta, Arezzo, Isernia,
La Spezia and Siena. In CLT building models, the
improvements were more limited and between 2 and 4 %
of cooling peak load in the best cases (i.e., Aosta, Lecco,
Siena, Sondrio) and between 3 and 9 % for the specific
cooling need (i.e., Siena and Vicenza). Furthermore, some
small worsening of percentage of time with To > 26 °C
was generally found in all capital cities except Aosta,
Arezzo, Bari, Bolzano, Campobasso, Catanzaro, Cosenza
Imperia, Isernia, Macerata, the province of Medio
Campidano, Nuoro, Ragusa, Siena and Viterbo, where the
improvement range was less than 0.6 %.
Referring to the probability distributions of cooling peak
loads, in the class up to 10 % we range from a probability
of 24.2 % (Aosta) to one of 49.5 % (Reggio Emilia) for
LTF buildings and from 33 % (again Aosta) to 50.6 %
(Taranto and Crotone) for CLT ones; in the class from 10
% to 20 %, the spread is from 0.8 % (Taranto) to 21 %
(Sondrio) for LTF buildings and from 2.7 % (Taranto)

20.7 % (Aosta); finally, in the last class from 20 % to 30
%, it is from about 0 % (33 capital cities for LTF and 64
for CLT) to 11.8 % and 6.5 % (Aosta), respectively for
LTF and CLT.
Regarding the percentage of time with To > 26 °C for LTF
cases, probabilities of improvements up to 10 % range
from 35.4 % (Cuneo) to 81.5 % (Novara and Fermo); in
the class from 10 % to 15 % they go from 0 % (most cities)
to 17.1 % (Ragusa) while from 15 % to 20 % from 0 %
(98 cities) to 9.9 % (again Ragusa). For CLT buildings, in
the class of variation up to 10 %, we range from a
minimum of 39.5 % (Firenze) to a maximu m of 61.8 %
(Bari) while for the other classes, there no occurrence at
all.
Considering the specific cooling need in LTF building
modes, the first class (probabilities up to 10 %) ranges
from 12.8 % (Siena) to 71.8 % (Cuneo), the second class
(from 10 % to 20 %) ranges from 0 % (Cuneo,
Caltanissetta, Belluno, Taranto and Bari) to 23.8 % (Prato
and Vibo Valentia), the third one (from 20 % to 30 %) is
from 0 % (25 cities) to 14.1% (La Spezia) while for the
two last classes (30-40 % and 40-50 %) probabilities are
always lower than 10 % and 7 %, respectively. For CLT
cases, instead, the first class ranges from 27.3 % (Barletta)
to 69.3 % (Gorizia), the second one from 0 % (102
localities) to 18.8 % (Siena) while the others are close to
0 % everywhere.

Figure 13: CDF graphs of comparison output data in climatic zone B-D
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Figure 14: GIS thematic map: CDF mean values referred to
each capital city

4 CONCLUSIONS
The TimBEESt project investigated technological solution
enhanced by thermal mass in order to improve the summer
behaviour of CLT and LTF buildings. Different improved
building components were designed using brick, clay
panels and double gypsum fibreboard as a thermal mass
layer. These solutions were applied to reference building
models in CLT and LTF, whose performances were
studied in energy and seismic simulations. The main
outputs of this research project were as follows:
1) Form the seismic performance perspective:
 It is possible to increase the wall weight up to 20
% of the total weight of the reference building
model.
 Building height limit and configuration of
connections were calculated based on type of
structure, number of building stories and class of
seismic building action. In 32 cities was not
possible to build up 5-storey reference building
model in both CLT and LTF system.
2) From the energy performance perspective:
 Due to the additional thermal mass applied to
timber building components, the insulation
thickness considerably decreased, especially in the
hottest climatic zones (i.e., B-D, C-D, C-C, C-D)
and in LTF walls;
 Due to the thermal mass layers in building
components, the percentage improvements
expressed in terms of reduction of the peak cooling
load, time with operative temperature exceeding
26 °C and cooling needs were evaluated and
mapped for each provincial capital city in the
Italian territory;
 Referring to the CDF mean values of the
comparison output data for LTF building model,

the major improvements were mainly in C-B, D-A
and E-A climatic zones, where the cooling peak
load improved up to 2.6 %, the fraction of time
with To > 26 up to 4.5% and cooling energy need
per square meter up to 7 %.
Referring to the CDF mean values of the
comparison output data for CLT building model,
the improvements were homogenous in all climatic
zones, where the cooling peak load improved up to
1.78 %, and specific cooling energy need up to
2.63 %. In all climatic zone a little worsening of
the fraction of time with To > 26 °C (up to 0.88 %)
was found and in some climatic zone worsening of
the specific cooling energy need (up to 0.5 %)
occurred.
Referring to the monitoring campaign, the CLT
technologies are able to reduce more than the LTF
technologies the variation of the air and internal
surface temperature as well as the exchanged heat
fluxes.

The TimBEESt outputs underlined some potential of
enhanced timber constructions in the Italian territory fro m
both energy and structural points of view. However, to
define whether the analysed solutions are the most
convenient for the Italian and other markets, further
economic studies and applied research with companies for
the timber construction sector are needed.
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FIELD MEASUREMENT OF VERTICAL MOVEMENT AND ROOF
MOISTURE PERFORMANCE OF THE WOOD INNOVATION AND
DESIGN CENTRE
Jieying Wang1, Eric Karsh2, Graham Finch3, Mingyuk Chen4
ABSTRACT: The Wood Innovation and Design Centre (WIDC) in Prince George, British Columbia, with 6 tall
storeys and a total height of 29.5 m, provided a unique opportunity for non-destructive testing and monitoring to
measure the ‘As Built’ performance of a relatively tall mass timber building. The mass timber structural system consists
of glulam columns and beams with cross laminated timber (CLT) floor plates and shear walls. Vertical movement of
selected glulam columns and CLT walls and the moisture content of the innovative mass timber roof were monitored as
these components are unique to mass timber buildings. Indoor temperature and relative humidity conditions were also
measured. The mass timber CLT and glulam elements are susceptible to longer-term differential movement as they
slowly dry after manufacturing and construction. The paper describes instrumentation and discusses the measurement
results for two years following the topping out of the structure.
The monitoring indicated that the wood inside the building could reach a moisture content (MC) close to 4% in the
winter in this cold climate, from an initial MC of around 13% during construction. Glulam columns were dimensionally
stable in the longitudinal direction given the MC changes and loading conditions. With a height of over 5 m and 6 m,
respectively, two glulam columns directly measured by sensors each showed vertical movement below 3 mm (i.e.,
0.04%). The cumulative shortening of the six glulam columns along the height of the columns (24.5 m) is expected to
be approximately 11 mm. This did not take into consideration any potential settlement or deformation at connections
between glulam columns, or effects of reduced loads on the top two unoccupied floors. The CLT wall panels were also
dimensionally stable along the height of the building, with cumulative vertical shrinkage of about 19 mm (i.e., 0.07%)
from Level 1 to Level 6. In contrast, the 5-ply CLT floor slabs made up of wood in radial and tangential grain shrank in
thickness by about 5 mm (3.0%) on average. With regards to the performance of the mass timber roof, the CLT roof
panels started out dry and remained dry due to the robust assembly design and the dry indoor conditions. In one area the
plywood roof sheathing was initially wetted by the application of a concrete topping below a piece of mechanical
equipment, it was able to dry to the interior within a few months. Overall the monitoring study showed that the
differential movement occurring among the glulam columns and the CLT wall was small and the mass timber roof
design had good drying performance.
KEYWORDS: Wood Innovation and Design Centre, Field measurement, Vertical movement, Roof moisture
performance, Movement monitoring, Moisture monitoring

1 INTRODUCTION
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The Wood Innovation and Design Centre (WIDC) in
Prince George, British Columbia is currently the tallest
modern wood building in Canada, with 6 tall storeys and
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ekarsh@eqcanada.com
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a total height of 29.5 metres (Figure 1). The building
greatly showcases the applications and performance of
various wood products as well as good design and
construction practices. The building has glulam columns
supporting major gravity loads but with a crosslaminated timber (CLT) core structure including an
elevator shaft and staircases. The glulam columns are
continuous with glulam beams and CLT floor panels
supported on the columns. It also includes a CLT floor
and roof structure, interior parallel strand lumber (PSL)
transfer beams, and laminated veneer lumber (LVL)
window mullions combined with structurally insulated
panels (SIP) for the exterior walls. An example of good
building enclosure design practices is the unique roof
structure, which consists of 1.2 m wide CLT slabs
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separated by 0.8 m gaps for integrating services, and
sheathed with plywood (structural diaphragm) on the top
of 19 mm strapping which allows for interior cross
ventilation between the CLT and plywood surfaces
(Figure 2). This design separates the CLT from direct
wetting in the event of a roof leak or initial wetting
during construction. The CLT floor slabs are similarly
staggered vertically to provide chases above and below,
again to accommodate building services (Figure 3). This
building provided a unique opportunity for nondestructive testing and monitoring to measure the ‘As
Built’ performance of a relatively tall mass timber
building in Canada.
The research team decided to focus the monitoring to
measure the vertical movement of selected glulam
columns and CLT walls and the moisture performance of
the CLT roof assembly, since there was very little field
data to support theoretical calculations of the long-term
performance in mass timber buildings. Sensors and a
monitoring system were installed in March, 2014 after
the roof was installed. The construction was completed
around September 2014 and the bottom four floors of the
building were gradually occupied afterwards. This paper
focuses on the building performance during the first two
years, covering 6 months of construction and 18 months
of occupancy, based on a previous report about
instrumentation and the first year’s performance [1]. The
monitoring study is expected to last for five years in total
to gather longer-term performance data. In addition to
this monitoring study, tests for vibration and acoustic
performance were also conducted in the building [2].

Figure 2: CLT beams and plywood sheathing separated
with 19 mm strapping to allow for cross ventilation in
the roof structure (photo courtesy of Michael Green
Architecture)

Figure 3: Vertically staggered CLT floors for providing
chases to accommodate building services (courtesy of
Michael Green Architecture)

2 INSTRUMENTATION

Figure 1: The Wood Innovation and Design Centre in
Prince George, British Columbia

This field monitoring study consists of installing sensors
and data loggers during construction and continuously
monitoring for five years upon completion of this
project. Field monitoring is always more complex and
often present unique challenges compared with
laboratory testing. One of the reasons is that once a
sensor is installed and subsequently covered by building
elements, it becomes very difficult or even impossible to
access it if there is a need for maintenance or repair. The
guidelines provided in Chapter 9 of the Technical Guide
for the Design and Construction of Tall Wood Buildings
in Canada were generally followed to develop the
instrumentation plan for this building [3].
Instruments selected for this monitoring study had all
been tested and used in related FPInnovations projects
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with proven performance [4, 5]. Primary sensors used
consisted of draw-wire displacement sensors for
measuring vertical movement, relative humidity and
temperature
(RH/T)
sensors
for
measuring
environmental conditions, and resistance-based moisture
sensors for measuring wood moisture content (MC).
Wired and wireless multi-channel data loggers were
selected for their ability to conceal into the building and
remotely collect and analyze the data.
Instrumentation for measuring vertical movement along
columns and walls, and moisture performance of the roof
was discussed among the project team members
(including the architects, engineers and contractors)
based on the building design. Each instrument was
integrated into drawings of the building in advance (as
shown in Figure 4 as an example) to facilitate discussion
and approval, with each location verified at site. For
measuring vertical movement, it was not possible to
have a continuous measurement throughout the entire
height of the building. There was a challenge of
aesthetically concealing each instrument using existing
building elements. Unlike light wood frame construction,
many members in this building, such as glulam columns,
were designed to be fully exposed to the interior. Given
the limited space available, measuring the vertical
movement of glulam columns, with the measurement
covering the CLT floor or PSL transfer beam above in a
few cases, was focused at three locations in the building
(i.e., Locations 1, 3, 4 in Table 1). The measurements
were focused on the three lower floors of the building.
The major reason was that the top three floors were built
to be tenanted spaces without interior finishes provided
upon building completion; therefore concealing
instruments within these unfinished areas became almost
impossible. Design theory and previous research also
supports that the vertical movement at lower floors will
generally be greater than the upper floors due to the
effect of gravity loads [4, 5].
The CLT wall of the core structure (i.e., Location 5) was
measured for vertical movement on the top five floors,
where the CLT wall was to be covered with drywall after
the instrumentation. The first mezzanine floor was not
measured since the double high CLT wall is fully
exposed to the interior. On the top five floors each
displacement sensor was installed from the CLT floor up
to the ceiling, or up to the ledger below the ceiling
(Figure 5). The original distance (gauge length) covered
by each displacement sensor was measured to estimate
the ratio between vertical movement and gauge length,
and consequently the movement of the entire CLT wall.
To summarize this instrumentation plan, the installed
displacement sensors were expected to provide key
information about vertical movement of glulam columns
and CLT walls. The different locations would allow
comparing the vertical movement among glulam
columns and also assessing the dimensional changes of
the PSL transfer beam or the CLT floors above, together
with the sensors installed to measure the service

environments in vicinity. In total, 14 displacement
sensors were installed to measure vertical movement and
11 RH/T sensors were installed to collect data on the
indoor boundary conditions in this building.

Displacement sensors

Figure 4: Two displacement sensors (red, along the
glulam column) installed on Levels 2 and 3 for
measuring vertical movement at Location 3

Displacement sensor
below ceiling

RH/T sensor

Figure 5: A displacement sensor for measuring the CLT
wall, together with an RH/T sensor for measuring
environmental conditions
To assess the moisture performance and drying rate of
the mass timber roof, six locations (Locations R1 to R6)
across the roof were instrumented, each with 5 to 6
individual sensors, to measure MC of the plywood roof
sheathing and of the supporting CLT slabs, as well as the
ambient interior environmental conditions. The selected
monitoring locations had variations in design or
orientation. For example, Locations 1, 4, and 6 were
close to a corner or the edge of the roof, and Locations 2,
3, and 5 were in the central roof area. Locations 3 and 4
had concrete cast onto the plywood sheathing to reduce
sound transmission and vibration from an outdoor
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mechanical unit above to the occupied space below.
Locations 2, 3, and 5 were located close to a roof drain.

(blue) measured adjacent to the glulam columns and
CLT floor at Location 4

3 RESULTS AND DISCUSSION

3.1.1 Columns, Beams, and CLT Floors
The building structural design utilized the dimensional
stability of wood in the longitudinal direction, with
glulam columns connected end-to-end using metal
connectors along the height of the building, eliminating
cross-section members within the vertical load path. The
glulam columns were found to be extremely stable under
compression parallel to grain. The two glulam columns
(with about 5 m and 6 m in height, respectively) directly
measured by sensors (at Locations 1 and 4, Figure 7)
each showed vertical movement of less than 3 mm (i.e.,
less than 0.04%) during the period of monitoring.
Neither MC changes nor sustained loading led to
considerable downward movement. Therefore the total
shortening of the building would be approximately 11
mm, accounting for a total height of 24.5 m for the
connected glulam columns, without taking into account
the rooftop mechanical penthouse. This movement
amount does not take into consideration any potential
settlement or deformation at connections between glulam
columns, or effects of reduced loads on the top two
unoccupied floors. The amount is certainly much lower
than the vertical movement measured in light woodframe buildings [4, 5], but comparable with the
measured movement from a similar six-storey mass
timber building in Quebec City [9].

3.1 VERTICAL MOVEMENT
The measured vertical movement of wood members in
such a monitoring study primarily results from shrinkage
when the wood dries from construction to service and
gravity load-induced movement (mostly creep) [6].
Swelling may also occur when the wood gains moisture
during construction or from the service environment.
Wood is known to have the highest stiffness, strength,
and dimensional stability in the longitudinal grain
orientation. Both shrinkage/swelling and load-induced
deformation are the smallest in the longitudinal direction
and greatly increase in the transverse direction (i.e.,
cross sections). In this building as the glulam columns
are continuous up the entire structure without any crosssection bearing support, the vertical movement is
primarily attributed to the longitudinal grain which is
known to be small. By comparison, the PSL transfer
beams and the CLT floor slabs are cross-section
members and expected to have larger vertical movement.
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Table 1 summarizes the measurement results from this
building and the overall contributions to the movement.
The shrinkage amount primarily depends on the MC
change for a given wood member (see [6] for detailed
calculations of shrinkage and load-induced deformation).
It was estimated that the average MC of the CLT and the
glulam used was about 13% during the fall through
spring construction. For an unhumidified building the
indoor environment tends to be very dry under heated
conditions in Prince George, a cold climate (Climate
Zone 6 based on the 2011 National Energy Code of
Canada for Buildings [7]; climate Dfb according to the
Köppen-Geiger climate classification). With the
temperature inside controlled around 20 ̊C after the
building was occupied, the humidity was found to be
fluctuating seasonally. The measurements showed that
the indoor RH fluctuated between 20% and 30% and
sometimes even lower during peak cold and dry periods
in the winter (close to 10% RH) (Figure 6; similar in
other locations). The in-service wood could therefore
reach a MC close to 4%, i.e., a very dry state under such
ambient conditions [8].

0
Mar '16

Ambient Relative Humidity

Figure 6: Temperature (red) and relative humidity

However, the inclusion of a cross-section member, either
a PSL beam or a CLT floor, greatly increased the
measured vertical movement, as originally expected. At
Location 1 (Figure 8), a displacement sensor measuring
the glulam column and the PSL beam, which had a depth
of over 1.2 m (with a metal connector between the
column and the beam) showed a shortening amount of
about 14 mm. A sensor measuring the PSL beam but
excluding the two loading surfaces (i.e., excluding the
contact areas with the CLT floor above and the glulam
column below) showed a movement amount of about 10
mm. These measurements indicate that the PSL beam
was a major contributor to the vertical movement at this
location, with an estimated movement amount of 12 mm
for the 1.2 mm beam alone (i.e., 1%). Apparently wood
shrinkage and deformation resulting from compression
occurred not only at the surface areas, but also along the
entire depth of the beam. In general the movement
amounts increased over time. The increases were fastest
before the end of the first heating season and slowed
down after that, resulting from the changes in the indoor
environment and consequently the MC of wood.
.
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Figure 7: Vertical movement of glulam column at
Locations 1 (green) and 4 (orange).

Vertical Movement (mm)

5

Not relevant to the movement monitoring in this study,
the upper 3-ply CLT panels (99 mm thick) of the floors
would have incurred shrinkage of another 3 mm under
these conditions. Therefore the total shrinkage amount
would exceed 8 mm when these two slabs are stacked.
This magnitude of movement could be significant if the
floor was, for example, supporting equipment that had
rigid service connections attached to the walls or
columns, or directly connected to other building
components, such as the curtain wall in this building.
This expected vertical movement along with building
deflection was accounted for in the design of the
curtainwall connections by using a vertical slotted
connection at the SIPs infill wall panels and curtainwall
system (Figure 11). The amount of movement designed
for at this interface was slightly more than the amount
that would be expected for a steel or concrete building
with similar details.
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Combined Column+Beam

Figure 8: Vertical movement of glulam column (light
green), PSL beam (black), and combined column and
beam (dark green) at Location 1.
Similar to the PSL transfer beam, the CLT floor slabs
also showed considerable dimensional changes in the
thickness (i.e., transverse grain) direction (Figure 9). The
floors of this building were built with two vertically
staggered CLT slabs, which were structurally supported
by glulam beams at each end. The glulam beams were
then supported by glulam columns using concealed
dovetail connections (Figure 10). It is believed that the
beam should have a minor contribution to the vertical
movement measurement since its vertical movement
(including shrinkage) is restrained by the column and the
connection. Being 5-ply and 169 mm thick, the bottom
CLT panel was included in the measurements with a
displacement box installed to sit on this panel (i.e., in the
space created by the staggered CLT floor slabs), also
covering the supporting glulam column. The CLT floor
slabs are not major members for bearing gravity loads in
this building and there should be no cumulative
deformation resulting from compression. Similarly, the
slabs may deflect under loads, particularly over a large
span, but that would not contribute to any vertical
movement measured in this study. Shrinkage of the CLT
panel (in thickness) resulting from drying must therefore
be a major reason for the measured movement at each
location of the CLT floors. The measurement indicated
that the average shrinkage of the CLT slabs was
approximately 5 mm in the thickness of 169 mm (i.e.,
3%) (Table 1).

Vertical Movement (mm)

Vertical Movement (mm)
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Location-4, 3rd Floor, Column+CLT 3-4

Figure 9: Vertical movement of glulam column (yellow)
and of column and CLT floor (from Level 1 to Level 3) at
Locations 3 (blue) and 4 (orange/red).

CLT
slab

floor

Figure 10: Support of CLT floor slab with glulam
column and beam (Courtesy of Equilibrium Consulting)
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Figure 11: Joint provided between floor and wall to
accommodate shrinkage of CLT floor slab (Courtesy of
RDH Building Science Inc.)
3.1.2 CLT Wall
The CLT shear wall located at the core of this building
also has a total height of 24.5 m, with two horizontal
step joints along the height. As described in Section 2,
the vertical movement of the CLT wall was only
partially monitored from Level 2 to Level 6, without
covering the portions of the wall concealed by the CLT
floors or the ledgers below the ceilings. The
displacement sensor on each floor covers approximately
3 m in height of the CLT wall (Table 1). Similar to the
measurements of the two glulam columns at Locations 1
and 4, the measurements confirmed that CLT was also
highly dimensionally stable in its plane direction (with
combined longitudinal and transverse grain). The
downward movement amounts measured from the CLT
wall ranged from 1.5 mm (i.e., 0.05%) to 2.7 mm (i.e.,
0.09%) on each floor after two years in service (Figure
12). The vertical movement generally increased (i.e., as
shortening of building) over time; however, there was a
clear recovery (i.e., swelling) in an amount of over 0.5
mm for each floor in the summer of 2015, the first
summer after occupation, when the humidity in the
building increased to seasonal summertime levels. For a
CLT wall, not all boards inside are bearing the gravity in
the longitudinal direction due to cross lamination of
boards. Similarly the increased humidification levels
caused movement in the CLT floor panel thickness
(Figure 9) but had less effect on the longitudinal glulam
columns (Figure 7), as expected. Assuming that wood
shrinkage and load-induced deformation were uniform
along the height on each floor, and the movement
amounts were proportional based on the heights of the
wall, the measurements showed that the total shortening
of this CLT wall, from Levels 1 to 6, would be about 19
mm (i.e., about 0.07%). This appears to be slightly larger
than the vertical movement of a glulam line under the
same indoor environment but the differential movement
is quite small for such a tall building.
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Figure 12: Vertical movement of CLT walls (from Level
2 to Level 6) at Location 5.
Table 1: Vertical movement readings from displacement
sensors and the potential contributions
Locati
on

Wood
members

Move
ment
reading
(mm)

Vertical
distance
(mm)

Estimat
ed
shrinka
ge
(mm)

Movement
resulting from
loading etc.
(mm)

Locati
on 1

Column
Column+
PSL
Beam
PSL
Beam
F2
Column+
CLT
floor
F3
Column+
CLT
F1
Column
F1
Column+
CLT
floor
F2
Column+
CLT
floor
F3
Column+
CLT
floor
F2 CLT

2.2

5005

2.3

-0.1

13.9

6330

-

-

10.3

1120

-

-

7.6

3290

5.3

2.3

6.0

3190

5.2

0.8

2.8

6160

2.8

0

8.0

6480

6.7

1.3

7.5

3290

5.3

2.5

8.1

3190

5.2

2.9
0.8
1.1
0.1
1.3
1.4
4.7

Locati
on 3

Locati
on 4

Locati
on 5,
CLT
wall

F6 CLT

2.7

3000

1.3
1.3
1.4
1.3
1.4

CLT total

11.3

14630

6.6

2.1

2870

F3 CLT

2.4

2860

F4 CLT

1.5

3010

F5 CLT

2.6

2890

*An assumed composite shrinkage coefficient of 0.005% per
1% change in MC for longitudinal glulam and CLT and 9% in
MC reduction for estimating shrinkage
** An assumed composite shrinkage coefficient of 0.25% per
1% change in MC for out-of-plane CLT;
***A lack of information for estimating shrinkage or loadinduced deformation for PSL beam.

Much attention was provided to monitor the service
environmental conditions in this building because of the
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The mass timber roof structure was generally very dry
during this monitoring period. Figure 13 shows RH and
temperature measured from Location R1 to represent the
overall environmental conditions in the roof area. Being
consistent with the ambient conditions measured from
areas closer to the walls, most locations of the roof
showed RH below 50% in the summer, and the humidity
reached very low levels (e.g., around 20%) in the winter
seasons. It was found that all of the CLT roof panels
started out dry and remained dry. The plywood roof
sheathing also produced very low MC readings at five
out of the six monitoring locations (i.e., except R4,
Figure 14). It should be noted that the resistance-based
measurement systems showed a lower MC limit of 11%
in this study, with calibration based on lodgepole pine
(western “SPF” CLT used in this building). Therefore a
MC reading of around 11% may not reflect the real MC
of the wood, since the electrical resistance becomes too
high to be accurately measured when the wood MC is
too low. The sheathing of a traditional low-slope roof,
with plywood or OSB sitting directly on the supporting
glulam or other members, would be typically subjected
to the highest moisture risk if wetting occurs during
construction, or the roof leaks in service. Thicker panels,
such as double-layer plywood or OSB sheathing, and
mass timber products, such as CLT, will have reduced
drying rates compared to the single layer of traditional
sheathing [16].
Locations R3 and R4, both close to the mechanical
penthouse incorporated a concrete topping above the
plywood roof deck for acoustic and vibration control.
Some dampness during construction, probably due to a
roof leak and/or moisture from the directly cast concrete,
was detected. At location R4 the instruments were not
installed until July 2014 due to construction activities in
this area in March, when instruments were installed at
other locations. Once the measurement system was

At Location R3, it was found that the humidity level in
the ventilation gap, i.e., between the roof sheathing and
the CLT beam, remained high, almost 100% during the
construction period in March 2014 (Figure 15) as it was
likely blocked and not well ventilated. The monitoring
showed that the humidity gradually dropped and
remained around 60% from the summer to the winter of
2014. Afterwards it behaved similarly to the RH
measured from other monitoring locations when the
cavity dried out. The detected wetness at Locations R3
and R4 indicates that pouring wet concrete topping
introduces extra moisture to the wood members below,
which would then require better drying ability. This
monitoring study demonstrates the behaviour of this
unique roof assembly and how the incorporation of an
interior vent space above CLT panels can achieve some
redundancy to address construction wetting and/or a roof
leak.
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Figure 13: Temperature (red) and relative humidity
(blue) measured at Location R1 below the roof.
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3.2 ROOF MOISTURE PERFORMANCE

activated after installation at R4, the MC of the plywood
sheathing was found to be about 25%, the highest MC
detected in this study. This finding was useful for
research as the wet location allowed for monitoring of
the drying rate of this roof system. While this wetness
was treated with caution upon initial observation, the
roofing membrane had been installed and leaks
addressed so that the moisture source had already
removed. In supplement the monitoring showed that the
plywood sheathing gradually dried with the MC dropped
to 20% in September 2014 and to 15% in January 2015.
However, being about 12%, the MC was still slightly
above those measured from other areas of the roof even
after two years the concrete was poured. This proves
again that mass timber assemblies dry very slowly once
wetting occurs. Wetting should therefore always be first
prevented through good construction and design
practices.

Temperature ( C)

effect of MC on the mechanical properties of wood.
Maintaining a low MC reduces not only instant
deformation and time-dependent deformation (i.e.,
creep) [10, 11], but also avoid durability concerns.
However, extremely low MC or large moisture gradients
resulting from fluctuating environment humidity
conditions can lead to other issues, such as checking and
warping, and may even affect the structural performance
[12, 13]. This becomes particularly important for large
cross-section members, especially when free shrinkage is
hindered by means, such as fastening. A safety factor for
accounting for potential checking development is
required by the Eurocode [14]. A concept “effective
width” was introduced by multiplying the nominal width
with a checking-related factor kcr. For glulam and solid
timbers the recommended value of kcr is 0.67. However,
this design method for reducing the shear capacity of
glulam was reported to be too conservative [15]. Related
to building operation measures may be taken to allow the
wood to adjust to the service conditions slowly (e.g.,
through humidity control), particularly in the first year of
service.
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Figure 14: Moisture contents measured from plywood
sheathing at six monitoring locations in the roof (green
for Location R4 with higher readings).
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Figure 15: Temperature (red) and relative humidity
(blue) measured at Location R3 below the roof.

4 CONCLUSIONS
The following conclusions can be drawn based on the
monitoring to date:






The initial MC of the wood elements including
glulam beams, columns, and CLT wall and floor
panels had an average initial MC of 13% from initial
manufacturing and site construction from the fall to
spring months in Prince George. After the first
occupied winter, the average MC dropped down to
approximately 4% due to the dry indoor conditions
(with RH levels of 20-30% on average with spikes
down to 10%). Expectantly, wood movement due to
the seasonal changes in RH was observed
throughout the building.
With a height of over 5 m and 6 m, respectively, the
two glulam columns measured in this study showed
very small amounts of vertical movement, each
below 3 mm (i.e., 0.04%). The cumulative
shortening of the six glulam columns along the
height of the building is estimated to be
approximately 11 mm, not taking into account
deformation at connections or effects of reduced
loads on the top two unoccupied floors.
The CLT shear wall was found to be dimensionally
stable along the height of the building. The



measurements showed that the entire CLT wall,
from Level 1 to Level 6 with a height of 24.5 m,
would shorten about 19 mm (i.e., 0.07%).
The CLT floor slabs had expected shrinkage in the
thickness direction. It was estimated that the bottom
CLT slab of the floor structure, 5-ply and 169 mm in
thickness, had a shrinkage amount of about 5 mm
(i.e., approximately 3%). This resulted in differential
shrinkage at the curtainwall and infill SIPs panels on
each floor, which was accommodated by a vertical
movement joint.
At the monitored PSL transfer beam, a reduction of
about 12 mm in its 1.2 m depth (i.e., 1%) was
recorded.
Two locations in the roof which were wetted during
construction due to a temporary roof leak and/or
concrete topping showed initially wetness but dried
slowly afterwards. Overall the wood members
monitored were very dry during the duration of this
study.

Overall the measured data in this study is consistent with
the predicted performance based on the design of the
building. The study shows that the glulam columns and
the CLT wall are both dimensional stable under the
moisture change and loading conditions of this building
and the differential movement among them is small.
Eliminating cross-section wood members in a gravity
load path and avoiding compressing wood perpendicular
to grain is important for a mass timber building. This
monitoring also shows that mass timber roofs can dry
and perform satisfactorily when properly designed.
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INFLUENCE OF AN UNVENTED AIR CAVITY AT THE COLD SIDE OF
THE INSULATION IN SUN EXPOSED WOODEN FLAT ROOFS

Julia Bachinger1, Bernd Nusser2, Jozef Bednar3, Martin Teibinger4

ABSTRACT: Industrial and commercial buildings are often realized with wooden flat roofs. These roofs feature in
many cases large beam spans and rafters with heights over 50 cm. Due to economic considerations the cavities are
usually not fully insulated. However, partly insulated cavities are evaluated critically by building physicists. Thus, the
present paper compares the hygrothermal behavior of fully insulated and one-third and two-third insulated sun exposed
(not shaded) roof elements. For that purpose a 18 month lasting field test was carried out investigating partly and fully
insulated and transverse (parallel to the eaves) and longitudinal (orthogonal to the eaves) oriented roof elements. At the
longitudinal oriented elements the data shows higher moisture loads at the ridge of the fully insulated element compared
to the partly insulated one. The longitudinal elements also showed a higher moisture load and higher temperatures
compared to the transversal oriented elements. In the partly insulated elements a correlation of the insulation level and
the moisture load or temperature beneath the outer sheeting could not be detected. For partly insulated elements the
distribution of temperature and humidity in the air cavity could be shown. This effect contributes avoiding higher
moisture levels in the roof element.
KEYWORDS: partly insulated cavity, fully insulated cavity, air cavity, wooden flat roofs, hygrothermal behavior

1 INTRODUCTION 1234
Fully insulated low pitched wooden compact roofs with
a low vapor permeable sealing are often realized in
Austria. Due to the hygrothermal sensibility of these
roofs, they have been a topic of numerous research
projects during the last years [1,2,3,4]. Those researches
pointing out that shading the roof surface can result in
serious moisture damages.
Flat compact roof elements made by wood are especially
used for large roof areas such as roofs of commercial and
industrial buildings. In this configuration large beam
spans cause high rafters and in consequence high
cavities. Due to economic considerations a partly
insulation of these cavities would be preferred.
However, an air layer at the cold side of the insulation is
often rated as potential risk for structural damages
[5,6,7,8].
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To investigate this topic laboratory tests and a 18 month
lasting field test with partly and fully insulated, sun
exposed and partly shaded roof elements were carried
out. This paper presents a part of the results obtained by
the field test. In this paper we compare the hygrothermal
behavior of the fully and partly insulated sun exposed
(not shaded) roof elements. In detail the influence of the
orientation of the roof elements (parallel and orthogonal
to the eaves), the hygrothermal conditions at the eaves
and the ridge, the influence of the insulation level of the
elements and the temperature and humidity distribution
in the air cavity of the roof elements are compared. The
hygrothermal behavior of the partly shaded roofs and the
results of the conducted laboratory tests are presented in
[9,10].

2 METHOD AND MATERIAL
In the following section we give an overview about the
setup of the conducted field test and the way we handled
the measuring uncertainty.
2.1 Field experiment
The field experiment allows drawing conclusions on the
hygrothermal processes in partly insulated flat roof
elements compared to fully insulated elements in real
climate conditions. For that purpose, twelve different
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roof elements were examined on a south oriented 3°
inclined roof on a research house in A-2100 Stetten
(Austria). The cavity of the elements is 60 cm high,
wherein one-third, two-thirds or the entire cavity is filled
with mineral wool insulation. As the influence of partial
shading on the elements should also be compared, six
elements are equipped with shading panels, whereas the
other six elements show the same composition but
completely sun exposed. The roof segmentation, the
insulation level and the position of the shading elements
are shown in Figure 1 and Figure 2. Eight roof elements
are oriented parallel to the eaves (transversal) and four
roof elements are oriented orthogonally to the eaves
(longitudinal) in order to compare the influence of
element orientation.

Figure 2: Top: picture of the field test building (west façade),
Bottom: isometric view of the field test building (south and east
façade)

Figure 1: Ground plan of the roof with roof segmentation and
cross section of the roof elements.

The compositions of the flat roof elements are shown in
Table 1. These elements possess the main characteristics
of flat roof constructions used in Austria: pre-assembled
compact roof elements featuring OSB-sheeting on both
sides, a vapor retarder which is also the airtight layer and
an insulation with mineral wool.
Table 1: Composition of the field test roof elements (exterior
layer to interior layer)

layer
dimensions in mm
Roof sealing
1,8
PVC, slate grey, sd = 36 m
OSB
18
Mineral wool
200/ 400/ 600
λD = 0,042 W/m.K, ρ = 12,5 kg/m3
Smart vapor retarder (airtightness
0,2
layer), sd = 0,3 m-15 m
OSB
15

The measurement positions within the elements are
shown in Figure 3. Temperature and humidity were
logged in the eaves and the ridge of every element
(Sensor: Ahlborn® FHD 462).
An airtightness test for the roof elements was performed
in the test house with tracer gas (Ethanol) and 50 Pa
overpressure. For that purpose tracer gas sensors
(Figaro® TGS 2600) were installed in all roof elements.
Despite additional sealing measures elements E01, E05,
E09 and E10 showed a leaky airtightness layer. Element
E06 showed an unplanned air gap between the insulation
and the rafter at the eaves as it can be seen in Figure 4
and one rafter in Element E08 showed higher installation
moisture. We kept this “deficits” in mind when we
analyzed the measuring data.
Table 2 gives an integrate summary of the sun exposed
elements presented in this paper.
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3 RESULTS
In the following section we use mean values (monthly
moving averages, averages over summer/winter-periods)
to compare and analyze the measuring data. This helps to
make the important effects more visible. However, to
show the detailed behavior of the roof elements Figure 5
gives the “typical” hygrothermal behavior of two
investigated roof elements at the ridge and eaves. The
graphs point out that there is a strong, seasonal and daily
fluctuation within the elements. It is also visible that
there can be large differences between the ridge and the
eaves in the same element (Figure 5, right).
Figure 3: Cross sections of traverse and longitudinal elements
indicating the sensor position (a1: ridge; a4: eaves) and
dimensions.

Figure 4: Air gap between insulation and rafter at the eaves of
element E06
Table 2: Integrate summary of the sun exposed elements
discussed in this paper

n°

insulation
[cm]

orientation

comment

E05

air
cavity
[cm]
0

20

transverse

E06

40

20

transverse

E07
E08

20
0

40
60

transverse
transverse

airtightness
not
satisfying
gap between
insulation
and rafter at
the eaves

E11
E12

40
0

20
60

longitudinal
longitudinal

higher
installation
moisture

2.2 Measurement uncertainty
To consider the measurement uncertainty of the sensors
we used the method and probability based approach
presented in [11,12,13]. Based on that approach we
considered the data of two sensors (e.g. ridge sensor vs.
eaves sensor) as different if the probability for that is
≥ 95 %.

3.1 Effect of the orientation
Figure 6 gives the monthly moving average of the
temperature at the eaves and ridge of the one-third and
fully insulated transverse and longitudinal elements.
The one-third insulated longitudinal element shows
higher temperatures and relative humidity than the
transverse element for almost the whole test period
(Figure 6 left), despite the air gap between insulation and
rafter in the transverse element (see Figure 4). Partial
vapor pressure in the longitudinal element excesses those
in the transverse element for the whole test period but
during summer.
In the fully insulated elements (Figure 6, right),
temperatures at the ridge are always higher in the
longitudinal element than in the transverse element.
During the cold period in February of the first winter
ridge and eaves show higher temperatures in the
longitudinal element than in the transverse element. For
the rest of the investigation time the temperatures at the
eaves are similar in both elements.
Comparing relative humidity in the fully insulated
longitudinal and the transverse element, a shift of the
maximum in the ridge during the winter periods can be
seen. In the transverse element the extreme is attained in
February, whereas the longitudinal element reaches the
maximum about one month later. During summer a
reduction of relative humidity in the ridge can be
recorded in both, the transverse and the longitudinal,
elements. However, the humidity in the longitudinal
element stays above the values in the transverse element.
At the eaves in the longitudinal element the relative
humidity is below the values in the transverse element
during winter and above during summer.
Partial vapor pressure at the ridge of the fully insulated
longitudinal element is above the values of the transverse
element during the whole test period. The difference of
partial vapor pressure between the ridge of the transverse
and the longitudinal element is very pronounced in
summer. At the eaves the partial vapor pressure is
similar in the longitudinal and the transverse element but
for short periods in winter when partial vapor pressure in
the longitudinal element is below the values in the
transverse element.
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Figure 5: Climate conditions in the ridge and the eaves of the longitudinal one-third insulated element E11 (left) and the fully
insulated element E12 (right) (measured data in a time interval of 10 minutes and monthly moving average, temperature ϑ, relative
humidity φ, partial vapor pressure pv)
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Figure 6: Left side: Monthly moving average of the climate in the one-third insulated roof elements E06 (tranverse element) and E11
(longitudinal element) at the ridge and eaves.
Right side: Monthly moving average of climate in the fully insulated roof elements E08 (tranverse element) and E12 (longitudinal
element) at the ridge and eave (temperature ϑ, relative humidity φ, partial vapor pressure pv)
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3.2 Hygrothermal differences between ridge and
eaves
The mean differences of the hygrothermal conditions
between the ridge and eaves are shown in Figure 7. Only
differences with a probability ≥ 95 % are displayed.
Elements without air cavity at the cold side of the
insulation are represented with filled bars and elements
possessing an air cavity at the cold side of the insulation
are illustrated with blank bars.
The graph points out that differences between ridge and
eaves are only detectable in elements without air cavity
at the cold side of the insulation. The only difference
between eaves and ridge for a partly insulated element
appears for temperature during summer in the one-third
insulated longitudinal element (see also Figure 5).
All elements without air cavity at the cold side of the
insulation but element E05 show higher values for
temperature and humidity at the ridge compared to the
eaves.
4
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0
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 pv [kPa]
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Figure 7: Difference between ridge and eaves (ridge minus
eaves) for all elements during winter and summer periods
(01.12 - 28/29.02. and 01.06.-31.08.). Only differences with a
probability ≥ 95 % are presented. Differences in elements
without air cavity at the cold side of the insulation are
displayed with filled bars, elements with air cavity are shown
with blank bars.

Considering the relative humidity and partial vapor
pressure of the fully insulated transverse and
longitudinal elements, a bigger difference between ridge
and eaves can be stated for the longitudinal element for
the whole test period (see also Figure 5 and Figure 6).
In contrast to the elements without air cavity at the cold
side of the insulation, the ones with air cavity show no
significant difference between eaves and ridge.
3.3 Effect of insulation level
The differences of the hygrothermal conditions between
the sun exposed roof elements with different insulation
levels are shown in Figure 8. One-third or two-third
insulated elements show an air cavity at the cold side of
the insulation where convective air movement can take
place. In contrast at fully insulated elements the entire
cavity is filled with insulation and no air cavity exists.
The mean temperature at the ridge and the eaves does
not clearly differ in transverse elements with different
insulation levels.
For the mean relative humidity and partial vapor
pressure no distinct difference between the one-third and
the two-third insulated transverse elements can be
observed. However, a difference between the partly
insulated transverse elements (one-third and two-third
insulated) and the fully insulated transverse element E08
can be stated. Nevertheless, this difference could be
caused by the higher installation moisture of the fully
insulated transverse element E08. Therefore a clear
difference of the relative humidity or partial vapor
pressure in the sun exposed transverse elements due to
the different insulation levels cannot be stated.
In contrast to that comparing the temperature, relative
humidity and partial vapor pressure of the longitudinal
elements showed distinct differences. During winter the
temperature at the eaves of the fully insulated
longitudinal element is much lower than in the one-third
insulated longitudinal element but not at the ridge. In
summer the temperatures at the ridge show higher values
in the fully insulated element.
The ridge also shows higher relative humidity and higher
partial vapor pressure for the whole field test period.
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The observed higher temperatures at the ridge of the
longitudinal fully insulated element can be explained by
ascending heat over the length of the element (thermal
buoyancy).
The temperatures in the one-third insulated longitudinal
element are similar in the eaves and the ridge and no
temperature increase at the ridge can be observed.
Convective air movement in the air cavity and higher
heat flux as a result of less thermal insulation can cause
the higher and almost homogeneous temperatures in the
outer layer of this one-third insulated longitudinal
element.
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3.4 Temperature distribution in air cavity
The temperatures in the eaves and ridge of the one-third,
two-third and fully insulated transverse and longitudinal
elements and the outside air temperature are shown in
Figure 9 for some cold winter days.
For the fully insulated longitudinal element a distinct
temperature difference between eaves and ridge can be
observed during nights. Whereas temperature at the
eaves decreases below outside air temperature during
nights, the temperature at the ridge stays constantly
above outside air temperature.
On the contrary, the one-third insulated longitudinal
element with an air layer of 40 cm shows similar
temperatures in the ridge and the eaves. Temperatures
stay above outside air temperature which is contradictory
to night time overcooling.
In the partly insulated and fully insulated transverse
elements temperatures in the ridge and the eaves are
similar while the one-third insulated element showed the
highest temperatures during the nights due to the higher
heat flux.

0
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Figure 8: Difference between mean values of roof elements
with different insulation levels (e.g. E07 minus E06) at the
ridge and eaves during winter and summer periods (01.12. –
28/29.02. respectively 01.06.-31.08.). Only differences with a
probability ≥ 95 % are presented.
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Figure 9: Temperatures at ridge and eaves in the one-third,
two-third and fully insulated transverse and in the one-third
and fully insulated longitudinal elements as well as outside air
temperature for some winter days (data in a time interval of
10 minutes).
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4 CONCLUSIONS
The comparison of the hygrothermal conditions in the
sun exposed roof elements with different orientations
(longitudinal vs. transversal) shows higher temperatures
and moisture loads in the longitudinal elements. Due to a
larger surface of the elements related to the slope length
more heat and moisture can accumulate and flow to the
ridge in the longitudinal elements.
The results indicate that the transverse elements perform,
from the hygrothermal point of view, better than the
longitudinal elements. Thus, for sun exposed (not
shaded) roof constructions transverse elements should be
favored over longitudinal roof elements.
Furthermore, a distinct difference of the hygrothermal
conditions between the eaves and ridge of fully insulated
elements could be identified. At the ridge of fully
insulated longitudinal elements the humidity level
exceeds the values at the eaves. The same behavior was
found for fully insulated roof elements with an insulation
thickness of 28 cm (λ = 0.038 W/mK) in [2].
However, the analysis of the temperature and partial
vapor pressure beneath the outer sheeting demonstrates
the hygrothermal processes in the investigated roof
elements. The distribution of the temperature and partial
vapor pressure illustrates an energy and mass
transposition in the air cavity of the partly insulated
longitudinal element. This effect contributes avoiding
higher moisture levels at the ridge. In contrary to that,
the fully insulated longitudinal element showed no
exchange between eaves and ridge. Due to the
inclination (thermal buoyancy) and missing air cavity at
the cold side of the insulation heat and moisture
accumulate at the ridge of the fully insulated longitudinal
element.
Overall, an advantageous hygrothermal behavior of
partly insulated sun exposed (not shaded) flat roofs
compared to fully insulated ones can be stated. As shown
in [9,10] an air cavity above the insulation can also have
an positive effect on partly shaded flat roofs, but further
research is needed in this topic. However, air rotation
around the insulation has to be prevented in any case as
shown in [14].
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EXTERNAL THERMAL INSULATION COMPOSITE SYSTEMS IN SOLID
TIMBER CONSTRUCTION
Simon Günther1, Andreas Ringhofer2, Gerhard Schickhofer3
ABSTRACT: External thermal insulation composite systems (ETICS) combined with cross laminated timber (CLT)
reveal useful exterior wall constructions, which meet the requirements for sustainability, serviceability and durability of
modern buildings efficiently. Associated thermal insulation and moisture protection requirements are essential design
criteria to be considered in the planning process. In light of the European legal regulation concerning ETICS, our paper
deals with the hygrothermal behavior of an existing exterior wall construction in solid timber construction with ETICS,
experimentally determined by means of long-term monitoring situated in the residential project "_massive_living"
(Graz, AT). Based on obtained data of temperature and rel. humidity for a period of two years, we not only evaluated
building physics aspects concerning the suitability of the structure, but also derived the time depending course of the
essential parameter "moisture content" for selected layers of the CLT element. In addition, corresponding data is
compared with results gained from a hygrothermal simulation. Further investigation then was carried out determining
the hygrical impact on the timber component by changing insulation material. Therefore, the hygrothermal behavior of
commonly applied ETICS in combination with CLT as base material was simulated. Finally, resulting bandwidths of
moisture content in dependence of the applied ETICS are shown and discussed.
KEYWORDS: External thermal insulation composite system, cross laminated timber, temperature, relative humidity,
wood moisture content, hygrothermal simulation, long-term monitoring

1 INTRODUCTION 123
Since about 50 years, external thermal insulation
composite systems are widely applied solutions for
facade insulation, particularly for residential buildings.
They reduce the thermal transmission through the
external wall and so they prevent possible condensation
within the component. In addition, ETICS provide a
permanent weather protection by the outer topcoat to
preserve the functionality of the building envelope [1].
In general, ETICS consists of the system components
“attachment”, “insulation”, “reinforcement”
and
“topcoat”. Figure 1 shows the composition of an external
thermal insulation composite system that is applied on a
CLT board. Because of their homogeneity and layered
structure meaningful analogies to the also layered timber
material CLT are given. Here, the insulating material is
connected by screwing and/or adhesive bonding to the
cross laminated timber element. A reinforced plaster
with embedded glass fiber fabric ensures that cracks, due
to mechanical and thermal stresses, are avoided or
minimized. In addition, the plaster ensures the bond
between the insulation and the topcoat layer. The usual
1
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materials for the topcoat are different plasters as well as
wood, glass, stone or metal [2].

1
2

3
4
5

Figure 1: system structure of ETICS
1 CLT 2 attachment level 3 insulation level 4 reinforcement
level 5 topcoat

Labelling of construction products within the European
domestic market bases on the declaration by the CE
mark, by which the supply and use of the construction
product in the sense of free movement of goods will be
enabled and ensured. According to the European
Construction Products Regulation [3], which replaced
the Construction Products Directive on 1 July 2013, a
CE marking will be given to a product when fulfilling
requirements according to a harmonized Standard (hEN)
or a corresponding European Technical Assessment
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(ETA) (formerly European Technical Approval). The
Construction Products Regulation is directly valid in all
member states of the EU for the purpose of a national
regulation. In Austria, the Austrian Institute of
Construction Engineering (OIB) takes over the function
of the European technical assessment body. As a basis
for a European Technical Assessment serve the so-called
“European Assessment Documents” (EAD), which
replace the former valid European Technical Approval
Guidelines (ETAG) and the Common Understandings of
Assessment Procedure (CUAP) as referred in the
Construction Products Directive [4]. For a smooth
transition from Directive to Regulation, the European
Construction Products Regulation stipulates that
construction products which have been placed on the
market before 1 July 2013 require no new CE marking.
Manufacturers can use their existing European Technical
Approvals as European Technical Assessments and
continue to market their construction product during the
validity period.
For the approval of external thermal insulation
composite systems mounted on wooden subsoil, the
Common Understandings of Assessment Procedure
(CUAP) “ETICS with rendering for the use on timber
frame buildings” [5] had to be consulted. Since ETICS
are usually processed as bonded systems with or without
additional mechanical fixing, a suitable underground
which is capable for bonding as well as for screwing is
required. These are limited in the mentioned CUAP on
the following timber components:
 wood-based panels
 solid wood panels
 plasterboards
 gypsum fiberboards
So the CUAP is limited to the use of ETICS on wooden
components that are mostly used within wood frame
construction. This means that the approved ETICS
combined with cross laminated timber does not meet the
conditions for the CE marking. Against the background
that the sales figures of CLT keep on increasing [6] and
since this trend is expected to continue through an
increasing internationalization of this building technique,
this regulation - in terms of standardized and industrial
methods of construction - cannot be considered
satisfying and should be reworked in the course of the
switch from ETAG and CUAP towards a corresponding
EAD.
The relevant external thermal insulation composite
systems in timber construction contain either mineral
wool (MW), wood fiber (WF) or expanded polystyrene
(EPS) as common insulating materials [7]. As already
mentioned, the technical aspect of ETICS is the heat and
moisture protection of the building envelope.
Concerning the heat protection comparatively very good
thermal insulation properties are obtained depending on
the insulation thickness. Standard thicknesses lie
between 2 cm in the window frames and 20 cm on the
wall surface, while the thermal conductivities λ lie in a
common range of λ = 0.032 W/(m∙K) to 0.040 W/(m∙K)
[1]. Concerning the moisture protection two aspects are
important. First, it must be ensured that the protection
against driving rain, splashing water and runoff water is

ensured by repellent finishing coats, which fulfill the
criteria given in ETAG 004 [8] regarding water
absorption coefficient (w ≤ 0,5 kg/m² after 24 hours) and
water vapor diffusion equivalent air layer (sd ≤ 2,0 m for
foam based insulation material or sd ≤ 1,0 m for mineral
based insulation material). The relatively low water
absorption coefficient w ensures that the capillary water
absorption of the plaster is kept low, while a low water
vapor diffusion equivalent air layer sd ensures that the
captured water gets quickly discharged to the outside air
in the rain-free time by evaporation. For the structural
design, it’s important to pay attention to an appropriate
splash zone (30 to 50 cm above ground level or floor
covering) where in general greater moisture exposure
occurs. The second aspect of the moisture protection
relates to condensation, which either can occur on the
inner wall surface, or within the structure as well as on
the outer wall surface. For the avoidance of condensation
on the inside of the wall surface a steadily heating and
adequate ventilation of the interior spaces must be
ensured. Regarding the formation of condensation inside
an outer wall, the structural design is determined by the
condensing water quantity and the evaporating water
amount according to ÖNORM EN ISO 13788 [9],
wherein a stationary investigation in accordance to the
Glaser method only shows a potential danger at the
transition of insulation layer and top layer. Condensation
can also form on the outer wall surface when the outer
surface is cooled down in cold weather at night due to
long-wave radiation (secondary condensation) [2].
In order to get an accurate understanding of the
hygrothermal behavior of relevant ETICS in timber
construction - and in this case, particularly in solid
timber construction with cross laminated timber examination of this system including the aforementioned
commonly applied insulation materials is required.
Especially the hygroscopic behavior of an outer wall
needs to be investigated to ensure the durability of these
parts of the building envelope. Therefore, long-term
monitoring systems are effective tools to deliver
examination data needed for evaluation. Such
investigations had e.g. made by Serrano et al. [10], who
show that an external thermal insulation composite
system consisting of a mineral wool insulation layer
without any vapor barrier provides a durable compatible
environment for the CLT elements at the site Växjö
(SE).
The hygroscopic behavior of the building envelope is
generally influenced by site-related factors, such as the
local climatic conditions, the position of the observed
component in the building, the chosen configuration
(materials used and their dimensions) and also the user
behavior. Thus, it is purposeful to extend the number of
long-term observations and so the range of the varying
influencing parameters, so that a holistic assessability of
the system "ETICS on CLT", can be given. Therefore, a
long-term monitoring system has been also installed in
the outer wall assembly of a residential building situated
in Graz (AT), recording the relevant parameters
"temperature" and "rel. humidity” for a measurement
period of two years [11]. Based on the gained data,
hygrothermal behavior of the external wall is examined
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and discussed. In addition, further laboratory tests
determining the relationship between temperature, rel.
humidity and moisture content for the used monitoring
system are described [12]. Evaluation of results is done
by means of hygrothermal simulation. Subsequently, we
summarize corresponding findings and additionally
compare the influence of different thermal insulation
composite systems on the hygroscopic behavior of the
CLT element by further simulation calculations.

CLT 1st layer

Thermal insulation inside
CLT 3rd layer
Thermal insulation outside

CLT 5th layer
inner insulation layer

2 MATERIAL AND METHODS
2.1 LONG-TERM MONITORING SYSTEM
Immediately after its completion, the residential project
"_massive_living" in Graz (AT) allowed the installation
of a long-term monitoring system in a selected outer
wall, which provided measured data for temperature and
rel. humidity for the period from 10/2012 until 10/2014.
The concerning building project is characterized by a socalled hybrid construction, wherein the underground car
park, the basement as well as the access cores of the two
buildings were made of reinforced concrete. The
apartments set around the cores were built in a solid
timber construction predominately using spruce CLT
elements [13].

Figure 2: Impressions of „_massive_living” [13]

All units are made of 5-layered CLT elements, whereby
the walls where dimensioned with a thickness of 95 mm
(compare Fig. 3). The external thermal insulation
composite system on the outside of the CLT wall
elements consists of a facade panel made of mineral
wool with a thickness of 200 mm, followed by a
reinforced plaster and another applied plaster layer as
topcoat. The inside is protected by fireproof plasterboard
whereupon a supply layer consisting of a 85 mm thick
mineral wool layer is applied finished by two
plasterboards as covering. The measurement system,
schematically shown in Fig. 3, was installed in one of
these 22 apartments, which in deviation from the other
apartments was carried out with birch CLT wall
elements. But within the examined wall there was also a
1 m spruce reference section to compare the
hygrothermal behavior of the two applied timber species.
So, two long-term measurement systems were arranged
inside the southeast facing cross-section of the outer
wall. Each cross-section contains six measurement
sensors recording temperature and relative humidity in
six different layers further denoted as "thermal insulation
outside", "thermal insulation inside", "CLT 5th layer",
"CLT 3rd layer", "CLT 1st layer" and "inner insulation
layer".

Figure 3: Arrangement of the sensors at the measured crosssection [12]

An additional sensor is located in the interior of the room
close to the ceiling, which records the indoor climate. A
data logger stores the measurement data internally within
a 20 minute interval. The measurement program has
been completed by an external measuring point
chronicled in a sheltered place near the measurement
cross-sections, which records the external climate
(temperature and relative humidity). So there arise 14
measurement points in total for both measuring crosssections which use measuring sensors of type Honeywell
HIH-4602-A/C, able to measure both temperature and
relative humidity simultaneously. They were installed
with different lengths (according to Fig. 3) in airtight
holes in the wall cross-sections. To ensure an airtight
borehole glued joint sealing tapes were attached to the
sensors and the borehole was then hermetically sealed
using a silicone injection. A closed air space thus was
constructed, in which the climate of the surrounding
material could arose right in front of the sensor.
2.2 FURTHER LABORATORY TESTS
As a hygroscopic material, wood reacts on the
surrounding climate by absorbing or releasing water in
form of water vapor from the surrounding air. Since the
moisture content has an influence on the density, the
material parameters strength, max moisture content and
thermal conductivity also vary within a certain
bandwidth. According to EN 1995-1-1 [14], structural
timber can be classified in three different service classes
depending on the surrounding climate conditions.
Related information is provided in form of upper limits
regarding temperature and relative humidity. In addition,
the corresponding wood moisture content for most
softwood species is given, which will be set at the
indicated ambient air. On the one hand, for a
comprehensive valuation of wall constructions in solid
timber construction with CLT, an investigation in terms
of temperature and relative humidity over the entire
cross-section is needed, but on the other hand the
examination of the development of the wood moisture
content, which will be set inside the CLT element is also
important to evaluate the durability of the wooden
components.
By means of laboratory investigations, the relationship
between temperature, rel. humidity and the adjusting
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MC  a   c  T²  d  T  1  b   e  T²  f  T  1  RH³

(1)

where MC is the wood moisture content, T the
temperature, RH the rel. humidity and a ,b ,c, d, e, f
further calibration factors [12].

3 RESULTS AND DISCUSSION
For the period from 10/2012 until 10/2014 the measuring
system collected more than 1.4 million data points,
which were analyzed and subsequently displayed as a
daily average in different diagrams [12]. In the
evaluation process it was demonstrated that the studied
species (spruce and birch) only marginally distinguish in
their hygrothermal behavior. In this section we thus
present and discuss solely results for the measured crosssection in spruce CLT.
The first two figures (Fig. 4 and Fig. 5) show the course
of temperature and relative humidity for the complete
cross-section during the investigation period.
40

temperature [°C]

30

spring &
summer
2013

fall &
winter
2012/13

fall &
winter
2013/14

spring &
summer
2014

20

the materials and depending on the position within the
entire wall element a damping effect of the layers in
relation to the temperature variations of the outside air
can be observed. Especially during winter period, a clear
temperature gradient can be seen between the respective
layers and the greatest differences can be found within
the outer insulation layer.
In summer, the variation curves of temperature approach
each other. During summer 2013 a nearly constant
temperature distribution throughout the cross-section can
be observed when measured outside air temperatures of
around 30° C are also present inside the component. For
a short period of just four weeks the indoor temperature
exceeds the value of 30° C in this year. For the purpose
of avoiding summer overheating in accordance with
ÖNORM B 8110-3 [15],
this
small
and
short
transgression can be classified as relatively uncritical.
The analysis of the hydric behavior (compare Fig. 5)
shows that there is a relatively less direct responsiveness
in the cross-section to a change of the partial pressure
gradient, which can be explained by prolonged water
vapor transport processes in the component.
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wood moisture content for the used monitoring system
was determined (see Equation (1)). Therefore, wood
specimens were exposed to a uniform climate in a
climatic chamber and then the moisture content was
determined using the oven dry method. The laboratory
series cover a temperature range of 10 °C to 30 °C and a
rel. humidity range of 15 % to 90 %. Thus, the range of
the wood moisture content can be displayed over the
investigation period and it can be examined to what
extent a gradient of wood moisture content exists over
the cross-section.
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Figure 4: Measured temperature for all sensors [12]

The thermal behavior is characterized by a very direct
reactive behavior of the individual layers to a change of
the outside air temperature (measuring point "sp. T
outside"). Once there is a greater decrease or a
significant increase of the outside air temperature, this
variation can be recognized nearly immediately in the
individual component layers regardless of the material.
An exception is the initial heating of the apartment in
late October after the construction of the building was
finished. Due to the different thermal conductivities of

Figure 5: Measured relative humidity for all sensors [12]

Just like the course of temperature, the values of relative
humidity approach each other during the summer period
and meet in the range of 50 % when the highest
temperatures are measured. Regarding winter time, the
figure shows two aspects of the component’s behavior:
First, a steady increase of the relative humidity can be
observed from the inner layers to the outer layers based
on the temperature gradient, which is directed from the
inside to the outside and a water vapor transport along
this gradient. The greatest damping effect is located on
the outside of the component, which suggests a very
dense topcoat of the external thermal insulation system.
The second aspect concerns the opposite behavior, which
can be observed in the CLT element. Here, the inner
board layer (measuring point "sp. RH CLT 1. layer")
shows the highest values of relative humidity decreasing
with increasing distance from the inner wall surface (see
measuring point "sp. RH CLT 5. layer"). Since at the
same time the temperature in the CLT element changes
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Figure 7: Wood moisture content in the CLT element
according to Eq. 1 [12]

In case of most softwoods, service class 1 is dedicated to
an equilibrium wood moisture content of 12 ± 3 % [14].
The measurement data show for a maximum period of
about three months (14.12.2013 - 03.16.2014) a
transgression of the required 12 % in the inner layer of
the CLT element, where the maximum value is around
12.8 %. Due to the fact that service class 2 classifies
already 20 % as the upper limit of the moisture content
for most softwoods, such a small excess does not provide
a potential risk either in terms of biological damage due
to fungi development or in form of a loss of bearing
capacity.
These findings thus confirm a general serviceability,
durability and stability of the wall construction.

4.1 SIMULATION OF THE MEASUREMENT
DATA
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4 BUILDING PHYSICS MODELING
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quite strongly heated for the first time. Afterwards, the
courses diverge apart and show the same course as
observed for relative humidity. The wood moisture
content covers a range of about 8.4 % to 12.8 %.

wood moisture content [%]

only marginally, the existing partial pressure decreases
while the saturation vapor pressure nearly stays constant.
Water vapor in the air is thus assumed to be absorbed,
leading to an intercalation by chemisorption, adsorption
and capillary condensation, which takes place in the
microscopic cavities of the wood.
Since the relative humidity at the six measuring points,
which are arranged inside the component never exceeds
the value of 100 %, the available water vapor pressure is
always less than the saturation pressure. So there will be
no condensation in the component. According to
ÖNORM B 8110-2 [16], an upper limit of 80 % of
relative humidity is indicated to avoid condensation on
the inside of the component’s surface, which here
(measuring point "sp. RH inside") is always respected.
Subsequently, Fig. 6 and Fig. 7 show the climatic
behavior inside the CLT element based on the
measurement results of temperature and relative
humidity as well as therewith determined wood moisture
content according to Eq. (1). For the entire analysis
period only a marginal temperature gradient over the
cross-section can be recognized. So, the thermal
insulation effect of the mineral wool within the ETICS is
assessed as very effective. The course of the relative
humidity in the wooden product has a bandwidth of
about 50 % to nearly 70 %. According to EN 1995-11 [14], CLT elements can thus be assigned in most cases
to service class 1 as herein an upper temperature limit of
20° C is given. This limit is exceeded throughout the
summer months and leads to a lower moisture content,
which does not adversely affect the timber’s durability.
For the relative humidity, the upper limit is set at 65 %
in service class 1. For a period of three months, the inner
board layer (measuring point "sp. RH CLT 1. layer")
can’t comply with this limit and shows a maximum
value of 69.5 %, which does not differ too much from
the specified limit.
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Figure 6: Measured temperature and relative humidity in the
CLT element [12]

Starting from around 11 % after the completion of the
building, the wood moisture content (Fig. 7) first
develops downwards because there the apartment was

As a basis for further investigations concerning the use
of ETICS in solid timber construction, a building physics
model was created to verify the measurement data.
Simulation was carried out by the software Delphin from
the Institute of Building Climatology at Dresden
University of Technology. Applying this software,
model behavior for the coupled heat and moisture
transport in porous building materials can be created for
several years. Corresponding simulation requires the
following climatic parameters:
 air temperature
 relative humidity
 rainfall
 wind speed and wind direction
 short-wave radiation
 long-wave radiation
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Table 1: U Determination of heat transfer coefficient U of the
described wall element [12]
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First, the measurement results for the residential
"_massive_living", which are discussed in section 3, are
compared with a corresponding simulation using the
software. The material-specific parameters for thermal
conductivity λ and water vapor diffusion resistance μ
were taken from standard ÖNORM EN ISO 10456 [20].

Nr.

80

temperature [°C], rel. humidity [%]

Climate data concerning air temperature, relative
humidity, rainfall, wind speed and wind direction have
been provided by Central Institute for Meteorology and
Geodynamics (ZAMG) [17]. The radiation data for
short-wave and long-wave radiation were received from
the ARAD-network (Austrian Radiation) [18].
Since the coupled moisture balance equation (Eq. 2) [19]
is a nonlinear partial differential equation, the software
Delphin approaches a solution on an iterative manner
using the Newton iteration for ordinary differential
equations. The computation steps will be performed
iteratively until convergence for the current time step is
achieved.
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From now on the investigation’s focus lies on the
hygrothermal behavior of cross laminated timber (see
Fig. 8). In analogy to the measured values of the two
parameters temperature and relative humidity (see
Fig. 6), the typical course images, which were discussed
in section 3, can be identified here again. With regard to
relative humidity, a relatively greater bandwidth from
around 30 % to 62.5 % is simulated and leads to a
greater hydric damping effect in the timber element.

Date

Figure 8: Simulated temperature and relative humidity in the
CLT element [12]

For the different hydric damping effects several
parameters can be responsible since the calculation is
based on the input material parameters and the deposited
climate model within the software. On the material side,
it should be remembered that for the simulation a fully
dense wooden board in the sense of crack-free timber
with an intermediate adhesive layer as CLT element is
assumed (see Tab. 1). So, a water vapor diffusion
equivalent air layer sd of 6.31 m results for the timber
component. The water vapor diffusion resistance,
however, depends - just like the thermal conductivity on the density of the wood, which in turn may be subject
to a certain fluctuation. Due to a possible difference in
density, other simulation parameters might match even
better and also the individual material parameters as
deposited sorption isotherm, capillarity, conductivity and
diffusivity deposited in the simulation program would
have to be examined for accurate verification. On the
other hand, the sensor technology may also be subject to
a certain measurement tolerance and even the
experimental setup can exert a certain influence on the
climate inside the different materials. Finally, the
question arises to what extent the thermal radiation
intensity, the perpendicular incoming rainfall and the
wind intensity on the outer wall surface fit to the weather
data from the ZAMG and whether this results in a
different hygrothermal load.
4.2 COMPARISION OF WOOD MOISTURE
CONTENT
Although a climate simulation for the investigated
component requires an enormous amount of material and
local climate knowledge, the simulation model gives
meaningful climate courses in the studied wall system.
Based on the moisture-mass integral, which is an output
option of the Delphin software, the entire moisture
content for the volume element can be displayed. Using
the density of the oven dry wood and the thickness of the
volume element, the wood moisture content can be

WCTE 2016 e-book | 3143

subsequently calculated in the measuring point according
to the following equation.
mc 

mm

0  d

100

(3)

where mc is the wood moisture content [%], mm the mass
of the moisture-mass integral [kg], ρ0 the density of the
oven dry wood [kg/m³] (ρ0;spruce=390 kg/m³ [21]); d the
thickness of the volume element [m].
18

wood moisture content [%]

16

fall &
winter
2012/13

spring &
summer
2013

fall &
winter
2013/14

spring &
summer
2014

14
12
10
8
6
4
2
0

sp. WMC CLT 5. layer

sp. WMC CLT 3. layer

sp. WMC CLT 1. layer

sp. WMC sim. CLT 5. layer

sp. WMC sim. CLT 3. layer

sp. WMC sim. CLT 1. layer

Date

Figure 9: Comparison of wood moisture content in the CLT
element [12]

Fig. 9 compares the simulated values of the wood
moisture content based on Eq. (3) to those determined by
Eq. (1) with data measurements as input values. It has to
be observed that both methods show almost parallel
courses in the respective measuring point, but they differ
significantly in their magnitude. The results from the
measurement, concerning the wood moisture content, lie
in a range of 8.5 % to 12.8 %, whereas those of the
simulation calculation vary from 5.7 % to 11.5 % thus
underestimating measured values to some extent. Both
courses show as a common behavior, that the moisture in
the middle layer (measurement point "sp RH CLT
3.layer") is maintained for the longest time when the
moisture content decreases.
4.3 FURTHER INVESTIGATIONS FOR
DIFFERENT ETICS
For insulation materials commonly applied in timber
constructions, which are mineral wool, wood fiber or
expanded polystyrene, further investigations were
carried out using the Delphin simulation software. The
goal was to determine different effects on the timber
component’s hygroscopic behavior and to quantify the
possible influence of the different insulation materials.
Therefore, varying moisture content gradients are
observed and examined (see Fig. 10), because on the
basis of the equilibrium wood moisture content, the
durability of the timber material can be easily evaluated.
Beginning with the reference cross-section (1) of the
residential "_massive_living", Fig. 10 shows the

different simulation variants. The first modification is to
replace the insulation material on the outer insulation
layer once by a wood fiber insulation board (2) and once
by an EPS plate (3). The thicknesses of the insulation
layers were dimensioned with the aim to receive the
same heat transfer coefficients U for the adapted crosssections. This adjustment ensures an identical thermal
behavior for the variants so that any possible differences
for the hygroscopic behavior might become visible. The
second modification is the variation of the wall structure
itself. For this purpose, a first series of studies has been
created where the inner insulation layer is missing (4 to
6) and a second series deals with the impact on the CLT
surface when the inside cover is missing completely (7
to 9). The investigations are based on the indoor and
outdoor climate, which was measured at the residential
"_massive_living" during the long-term monitoring
period, c. f. section 3. The third modification focuses on
the study of the indoor climate and the inner hydric load.
Here, the question arose, how big the influence on the
development of the wood moisture content might be
because of an extreme indoor climate. Based on the
measured indoor climate, the climate has been adapted
towards a possible bathroom climate. Therefore, the
measured temperature has been modified up to 23 °C for
the period of two hours in the morning and in the
evening, when the temperature was below 23 °C. For the
same period the relative humidity were assigned to a
value of 80 % [22]. Here, the investigations were made
for the structure "with inner insulation" (10 to 12) and
"without inner insulation" (13 to 15).
The courses’ images of the different simulation variants
always correspond to the results of the simulated wood
moisture content shown in Fig. 9. So, the inner board
layer continuously show the maximum value of the
wood moisture content, while the minimum value is
always simulated at the outer board layer. During winter
period, the maximum bandwidth within the CLT element
is present while during summer, the courses approach
each other. The respective bandwidth of the wood
moisture content, depending on the simulation variant, is
presented in Tab. 2.
Based on the simulations with the described variants for
the outer wall element, two types of building physical
behavior can be emphasized. Starting from the reference
cross-section of the residential "_massive_living" (1), the
examination shows that minimum values of wood
moisture content increase when the material of the
insulation layer is changed (2 and 3). While the
maximum values nearly stay on the same level in each
construction category, the minimum values – especially
in the EPS category – rise. This increase can be
connected to the EPS’ higher value of water vapor
diffusion resistance (see Fig. 10), which means that the
wall construction, with respect to the moisture transport,
show a higher density on the outside. This causes a
smaller gradient of the partial vapor pressure inside the
CLT element and so a higher value of relative humidity
adjusts in the board layers. Since the wood fiber’s value
of water vapor diffusion resistance is only slightly larger
than the one of mineral wool, for this configuration the
wood moisture content is only slightly greater.

Figure 10: Overview of simulation variants
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95 mm CLT
180 mm EPS
10 mm plaster topcoat

95 mm CLT
180 mm EPS
10 mm plaster topcoat

25 mm plasterboard
85 mm MW
12,5 mm fireproof plasterboard
95 mm CLT
180 mm EPS
10 mm plaster topcoat

12,5 mm fireproof plasterboard
95 mm CLT
180 mm EPS
10 mm plaster topcoat

WCTE 2016 e-book | 3144

ρ = 15 kg/m³
λ = 0,035 W/m∙K
μ = 60
cp = 1450 kJ/kg∙K

15
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Table 2: range of wood moisture content for simulation
variants

with inner Ins.
mineral wool
wood fiber
EPS

max
min
max
min
max
min

1
2
3

11,51
5,68
11,66
6,17
11,51
7,49

living area
without inner Ins.
4
5
6

10,68
5,57
10,74
6,31
10,80
8,01

The same effect can be observed on the bathroom’s wall
structure with the simulated indoor climate (10 to 12).
Here, the wood moisture content mostly runs on a higher
level, since the hygroscopic load is greater by the
adjusted indoor climate. The maximum values pass
around just over 12 % (10 to 12) in all three insulation
material categories, whereas the minimum limit moves
from 5.69 % (mineral wool) to 7.96 % (EPS).
The second type of building physical behavior can be
detected along the modification of the wall structure
(construction categories). It can be recognized, that the
maximum value of wood moisture content decreases
when the inner insulation layer is missing (compare 1
and 4). When the inner insulation layer is missing, the
temperature on the timber component’s inner surface is
on a higher level, because the insulating effect is no
longer available. As a general higher temperature in the
timber component is present, a lower value of relative
humidity simultaneously arises and thus lower courses of
equilibrium wood moisture content can be reported. Here
the decrease from “with inner insulation” to “without
inner insulation” in all insulation material categories is
about 1 %. However, the minimum values of wood
moisture content remain almost at the same level. Only
the insulation material category EPS show smaller
differences up to 0.62 %.
The construction category “CLT surface” shows the
same behavior, where the maximum values increase
even slightly more. A difference of maximum 0.14 %
compared to the category "without inner insulation" can
be detected.

5 CONCLUSIONS
External thermal insulation composite systems provide
suitable facade insulation systems, which complete and
expand through its also layered structure, the
construction method with cross laminated timber. This
results in functional exterior wall constructions that meet
the thermal and moisture protection requirements,
without necessarily requiring any special constructional
measures - in the sense of non-permeable water vapor
layers (vapor barriers) - to protect the wooden
components.
The results of the long-term monitoring inside the
residential building project "_massive_living" in Graz

CLT surface
7
8
9

10,75
5,56
10,81
6,32
10,94
7,91

bathroom
with inner Ins.
without inner Ins.
10
11
12

12,31
5,69
12,51
6,23
12,36
7,96

13
14
15

11,31
5,52
11,38
6,29
11,54
8,58

show, that a typical external wall structure in solid
timber construction with external thermal insulation
composite system, which is based on mineral wool as
insulation material, offers a sufficient temperature
damping effect for the component, so that the thermal
protection in order to avoid the formation of
condensation within the construction is ensured.
Simultaneously, the hygroscopic damping capacity of
the timber element gets visible, as a hygrothermal load in
the capillary-porous material causes mostly a gradient of
relative humidity from the inside to the outside. This
behavior shows up during the winter months, whereas a
drying of the wood occurs in the summer. Measurement
results allow classification in service class 1 for the loadbearing timber component and thus document a
permanently suitable environment for the CLT.
The applied mineral wool - as an inorganic material generally provides a suitable insulation material for outer
wall constructions, which is both non-combustible and
also resistant to biofouling. Nevertheless, ETICS with
other insulation materials also lead to suitable building
physics behavior in wooden exterior wall constructions.
As a natural-organic insulation material made from
renewable resources, the use of wood fiber is
recommended since the manufacturing is plant-based
just like CLT. The insulating material is however
classified as combustible (normal flammability) with a
low resistance to biological corrosion. Since EPS still
owns a high market share as insulation material for
ETICS, it certainly has a legitimate role for solid timber
construction. It is a synthetic organic thermal insulation
material that is flame resistant and rot-resistant at the
same time. Building physics investigations for the
described insulation materials used in combination with
CLT, show that all three insulation materials provide
suitable thermal protection but also enough moisture
protection for the wall construction. The different
materials do not lead to different maximum values of the
wood moisture content, but only the gradient of the
wood moisture content changes inside the timber crosssection. Based on measured climate data dedicated to
Graz (AT), a plausible range of wood moisture content
can be simulated using a building physics modeling,
although a certain discrepancy between measurement
and simulation is detected. In this case, the wooden
components are always situated in a suitable
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environment (service class 1), which has been studied
for a living area and a bathroom.
In general, ETICS offer some advantages such as a low
pollutant and low energy required production, an
economical installation, a high durability at relatively
low maintenance costs and an energy-efficient use [2].
To integrate these benefits into solid timber construction,
Austria now provides with the new Construction
Products Regulation, which entered into force on 1 July
2013, the opportunity to launch new regulations for
ETICS on CLT. So a CE certification for ETICS could
be possible confirming the functionality of the façade
insulation system and against the background that the
importance of CLT still is increasing, it also would
expand the scope of external thermal insulation
composite systems.
Based on the gained results further investigations are
necessary in order to evaluate the differences between
measurement and simulations because of the described
amount of influence parameters. But also more longterm studies in other components (e.g. details in roof and
base area) might be interesting to recognize critical
hygrothermal behavior. It would also be useful to study
different climatic regions in order to cover the gained
impressions of a permanent construction method with
cross laminated timber.
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DESIGN PROCESS OF A FREE-FORM STRUCTURE USING CLT PANELS
- ANALYSIS OF AN ARCHITECTURAL LARGE SCALE STRUCTURE
Zoé Tolszczuk-Leclerc1, Samuel Bernier-Lavigne2, Alexander Salenikovich3, André Potvin4

ABSTRACT: This research is about the design process, development and fabrication of a free-form structure in crosslaminated timber (CLT) panels. Since sustainability, ecology and structural design are now relevant in any building
project, the purpose of this research is to demonstrate that CLT panels can be used as an ecoresponsive strategy based
on a building form. This paper presents the use of a tessellation construction system for designing and producing a freeform surface in CLT for a specific regional and industrial context. The research/creation process and the retroactive
simulation generated by the parametric modelling software enabled the development of a singular architectural project
where the structural aspect and the manufacturing are the inherent part of the integrated design process. Finally, the
cutting files can be generated automatically for an easy transfer to CNC machine tools.
KEYWORDS: CLT, Free Form Structure, Integrated Design, Structure Analysis, CNC Manufacturing

1 INTRODUCTION 123
Sustainability, ecology and building efficiency have
become, in the past decades, major parts of any
architectural design process. This enhanced awareness of
the built-up environment encouraged us to revisit some
concerns about the materials we use. Current digital
tools allow us to advance building innovation and to
exert increasingly better performance from materials
with a minimal carbon footprint. In this context, cross
laminated timber (CLT), along with other engineered
wood materials, has intrinsic characteristics suitable for
such sustainable construction and innovation.
However, CLT buildings that aim to offer high energy
efficiency are constrained by existing construction
directives, codes and good engineering practices that
prevent formal experimentations, which in turn inhibit
the alternative exploration of bioclimatic design
strategies based on more complex building shapes. In
order to stimulate innovative uses of this material, design
and fabrication methods need to be adapted. New digital
design tools allow us to do so, but given the multiplicity
of software and stakeholders, there is a need to facilitate
everyone’s work in this integrated design process which
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has been tried and proven in the design and construction
of innovative buildings. The objective of this project is
to demonstrate that an integrated design process
combined with the precision of digital fabrication
enables the designer to explore complex forms using
CLT.
To this end we have developed a customized design
process for specifically CLT oriented project. The
conventional method, based on having a concept and a
form to which a wood structure is applied, or forced
upon at extra costs if needed, is decomposed to develop
a concept, which is itself a customized construction
system designed specifically for the project. In
developing the construction system at the initial design
stage, structural and fabrication considerations specific
to the material and its implementation are integrated with
architectural, aesthetic and software considerations right
from the start.

2 NON-STANDARD CONSTRUCTIVE
SYSTEMS IN CLT
In the field of non-standard wood construction, there are
only a few examples of architectural projects where
wood panels were used in an innovative way, and even
fewer using CLT. For the purpose of the particular
design approach, it seems adequate to have a look at
recent precedents in this field.
We divide the different constructive systems in CLT into
two distinct categories: the predetermined typology or
form and the non-predetermined one. By these, we mean
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that some systems set a particular kind of typology
where others allow a larger range of form possibilities.
In the predetermined structure we include the traditional
systems regulated by the construction directives, codes
and good engineering practices; e.g., balloon vs platform
type. Few projects use them in a more or less free-form
structure, usually in small or medium housing. But this
concept is not adequate for a large-scale structure
without a structural grid. The second most classical, but
non-standard system, is the better-known “origami”
system approach studied in depth mostly by the IBOIS
laboratory [1] and more recently by the MAP-CRAI [2],
but we considered that such systems also have some
limitations in the formal application. Essentially, this
approach consists of a series of arches. The framework is
therefore an open space capable of accommodating long
spans but almost exclusively linear.
To produce a non-standard shape or form not defined
under conventional typology, other approaches must be
sought. Two approaches are available in this case: from
basic geometry and from generative process systems.
The grid structure is the preferred choice when using a
complex volume to develop a structure. The most
prominent example is undoubtedly the now well-known
Metropol Parasol in Seville, Spain [3]. This is however
an ambitious and costly option with respect to the
quantity of material used as well as assembling issues
and general structural analyses. Tessellation on the other
hand starts with a geometrical surface and is obtained by
subdividing a free-form surface into multiple planar
elements.
The second approach applies a digital generative process
to wood panel structures. Research is still minimal for
now and only the work of the IBOIS laboratory will be
referred to in this paper. IBOIS explored the
programming and development of an iterative process to
generate architectural surfaces/objects from wood panels
[4]. However, it seems to require a high level of
programming know-how that might limit some
designer’s access to this approach.
Obviously, this overview does not represent an
exhaustive list of research works on wood panel
structures, but it covers the important recent innovations
and an adequate base to understand the state of the art.
We believe that studies not specifically mentioned in this
paper are relevant to one or both of the above-mentioned
approaches.
For the purposes of this project, there was a need to
select a relatively simple system that would allow
reasonable freedom of implementation to accommodate
the programming needs of the project. Tessellation
systems were deemed more relevant to this end, and they
also allow some opportunities for a simple generative
system.
Tessellation, a design method that enables the fabrication
of double curvature surfaces, has been vastly explored in
numerous forms and materials, but to a much lesser

extent in wood. Researchers have studied its design
approaches, bottom-up and top-down, defined the
benefits and drawbacks of these for increasing the
efficiency of the method [5]. They also examined its
implementation with glass, metal and numerous other
materials, but what about wood? What major
constructive limits does this material impose?
The most relevant result involving the use of wood in
tessellation is the Cobra-Sculpture Pavilion [6] and the
LaGa Exhibition Hall [7]. Since the results of these two
projects were pavilions, we are trying to push the
experimentation to a larger scale. In this research, we
have therefore relied partly on the conclusions of these
studies, as a matter of course, to define our own
conceptual approach to the material.
While triangulation is the most efficient and accurate
way to subdivide a reverse sweep surface, it is also the
one with the most unusable material residues [8].
Moreover, this type of subdivision entails major
assembly problems when six panels meet at each node.
The thicker the panel, the more difficult it will become
to manage these nodes. One of the first constructive
limits will thus be to work with wood panels with a
minimum of four sides. This type of panels opens up
enormous design potential as the structure becomes
ornamentation [9]. However, this study is limited to the
honeycomb structure, a natural shape with the advantage
of being malleable and adaptable to different degrees of
curvature, and thus to the complexity of the form.

Figure 1: Adaptability of the honeycomb base panel forms

3 DESIGN TOOLS
Multidisciplinary teams of complementary competencies
elaborated the above-mentioned projects. Collaboration
was indispensable but likely complicated because each
sector of competence used its own tools and software.
For an integrated design process to be optimal, a simple
way of including all of these working tools must be
found. As there cannot be only one main common
interface because of the specificities of every single
competence, a solution based on the file type and
transfer for one interface to another must be found. Still,
when developing collectively an initial design, the
transfers between different software generates time
consuming problems.
Some consider BIM (Building Information Modeling)
software as the key and tool for assembling all building
trades in one location. However, these tools lack the
design flexibility necessary for use in the early steps of
design without limiting formal explorations. Thus, it is
only once the design is well advanced the BIM software
becomes truly worthwhile, in our opinion.

WCTE 2016 e-book | 3149

Given that the architect controls the induction of a
project, it seems only natural to question ourselves more
specifically on the versatility of his/her design tools and
on how it would be possible to complement them with
the other trades. We tried here to optimize and simplify
the design process of the architect through the use of a
single tool for integrating structural and manufacturing
notions into the research design process. For that we
used the 3D software Rhinoceros [10] and its parametric
modelling plug-in Grasshopper [11] in a perpetual
iterative feedback process.
While working on his own software, the architect can,
through the Grasshopper plug-in, integrate and obtain a
wide variety of information on the structure under
development: total volume of materials, building
dimensions, panel sizes, structural analysis, joinery
details, all of this without having to navigate from
software to software to “test” early sketches or to wait
for a colleague to go over formal hypotheses. Everything
is done rapidly and simultaneously. Better yet, this plugin can generate results comparable and compatible with
those generated by software in other fields at the time
when the advanced design will require more refined
data.
As shown in Figure 2, the full design process is
performed using the Rhinoceros 3D modelling software,
which is the overall graphic interface and, in our case,
the space from where the parametrically generated 3D
model of the structure will be able to be exported to
external software.
The 3D model is developed within the Grasshopper
plug-in (editor of graphic algorithm for parametric
geometric data management) using a wide array of
functions and parameters. The additional plug-ins
available in Grasshopper will make it possible to
generate our panel generative algorithm and to integrate
in it structural analysis and joinery specifications.
For the structural analysis, we used the Karamba [12]
plug-in in the Grasshopper interface, a tool of

Figure 2: Design process software workflow

parametric engineering using a finite element method
(FEM). Since the plug-in is not intended for wood
panels, we had to create a virtual material equivalent of a
five-layer (11-mm thick) CLT panels produced by the
Canadian CLT manufacturer Chantiers Chibougamau
[13], to obtain the Von Mises stress value of the
structure.
Developed by a multidisciplinary team of architects and
structural engineers, Karamba is widely used worldwide for the creation of experimental research structures.
In our case, it provided a primary structural analysis at
the early formal exploratory stages. In the more
advanced stages, it provides quantifiable and comparable
results when used with software like RFEM [14] which
takes the CLT into account in the finite element structure
analyses.
The manufacturing component was also duly considered.
There was a need to readily communicate and share with
one of the major project collaborators, the Chantiers
Chibougamau, in order to validate with them the
structural and fabrication hypotheses taking into account
available panels and manufacturing plant limitations.
The Rhinoceros interface allowed exportation of files in
a format compatible with Cadwork [15], leading 3DCAD/CAM software for all fields of timber construction,
often used by this company.
A final fabrication plug-in, Woodpecker [16], developed
by LIGNOCAM [17], software for the import and
interpretation of machining data from files in BTL
format for transfer to CNC machines and to the
manufacturing stage, allows us to complete the digital
design-fabrication cycle by generating the BTL cutting
files. In a research and development context, even
though detailed plans are not available for the building
as a whole, there is the capability to readily and
promptly manufacture test components or small-scale
models for structural or quality control assessments.
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4 INTEGRATED DESIGN PROCESS
4.1 Design development
From the early stage of the digital design process, it was
necessary to develop a basic concept that was
structurally accurate and compatible with the
manufacturing process. The “form finding” stage is
therefore critical in the design of a complex geometrical
structure. Because panel-suitable surfaces to be used as a
roof shell have been studied the most, they can be more
readily generated, with some limitations. The challenge
is greater when trying to create a multifunctional surface,
which is our purpose in this project exploring the
concept of panelization in a large-scale assembly.
Unfortunately, not all surfaces are appropriate for
panelization.
The research result is a free-form inhabited roof of
3000 m2. The design process led to a feasible structure
by including structural principles into the form
generation parametric model. We generated a basic
pattern for the panel design and then applied loads on
them to deform the planar pattern into a catenary 3D
structure. Our approach thus differs from the traditional
one where a surface is chosen and then divided into
panels. We combined the surface “design” with the
tessellation process to streamline and increase the
efficiency of the structure generated. This represents a
progress in the types of structures possible with a
generative system. There was also an intent to ease the
work of architects by limiting as much as possible the
use of complex mathematical form notions [18]; we
therefore used all the Grasshopper “form generation”
plug-ins that include these principles in their code.

Figure 3: Force applied to a basic pattern to generate the
surface to be panelized

Physical algorithms were then applied to achieve the
flatness of panels. Except for a small amount of basic
Python [19] programming in Grasshopper, the entire
algorithm is executed with the Grasshopper’s plug-in.
Following our experiments with the tools, we proved
that anyone slightly familiar with them could generate a
plausible free-form structure with CLT panels and thus
met our goal of keeping the design of such structures as
accessible as possible. Obviously, some knowledge of
the software is needed and several formal enquiries have
been made to achieve the results. The details and results
of those enquiries will not be developed further here as
we prefer, rather, to highlight the integrated structural
and fabrication solutions and results.
For the first stage design proposition, we applied the
structural analysis to validate the architectural structural
form. These initial analyses allowed us to quickly
identify the major structural deformations and stress
distribution associated with them. They made it possible
to readily discard some concepts and to identify two that
offered a structural response satisfactory enough to
warrant further development. The two propositions were
made using design principles similar to those described
earlier.
For the second stage, we worked on smaller parts of the
model to developed a more precise structure analysis of
the structure and we included the parametric modelling
details of the joinery system for each panel.

Figure 4: The two propositions offering the best preliminary
structural performance
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4.2 Structural Analysis

Figure 5: Deformation studies of the initial analysis for the
two concepts. The importance of the deformation goes to
yellow to pink, pink being the biggest deformation.

As mentioned previously, we started with an initial
structural analysis of our first draft structures. For that
analysis, we used the basic definition algorithm of a
uniform shell structure, as supported by Karamba FEM
software. The purpose was to obtain a visual
representation of the deformations (see Figure 5) of the
conceptual structure, while recognizing the limitations of
this simplified model. To launch a more precise analysis
would have slowed down the design process, which
should be very interactive at this stage.

plug-in [21]. In our 3D model, we introduced thin strips
of shell elements of a stiff material with a very small
cross-section inserted between the panels. The
effectiveness of this approach was confirmed by
observing that the bending moments calculated in panels
where less than 0.01e-10 kN-m and no illogical
deformations were observed.
Finally, the forces considered in the analysis were the
self-weight load case and a combined dead and live
loads of 4.8 kPa, which would allow accommodating a
green-roof, pedestrian circulation and light maintenance
vehicles. No detailed lateral load structural analysis was
performed at this stage of the research, except for some
simple checks to evaluate the global reaction of the
structure, which produced satisfactory results.
Because of the workarounds applied in the modelling,
we do not consider our analysis to be totally accurate,
but it was sufficiently meaningful (see Figure 6) to allow
us using the data to optimize the size, number and
orientation of the panels, and as input to our joinery
system algorithm.

The correction of these limitations and a more precise
structural analysis were executed after the two
constructive design propositions were selected. This
second analysis allowed to generate more accurate data
to be used in the algorithm of the design of the joinery
system and to optimise the number and the pattern of the
panels.
The first issue to be addressed was that wood is an
anisotropic material whereas Karamba only supports
isotropic ones. Also, the characteristics of the default
wood material in the software were inappropriate to
accurately model a CLT panel. To overcome this
problem, we created an hypothetical virtual isotropic
material equivalent to five-layer (131-mm thick) CLT
panels produced by the Chantiers Chibougamau, to
obtain the Von Mises stress value of the structure. We
used the values of the Young’s modulus E = 7.800 MPa
[20] and the Poisson’s ratio m = 0.314, which were
determined in collaboration with the manufacturer. This
approach has been used in the past [20] in a simpler
structure. We were aware that in this specific complex
structure it may not give perfectly accurate results.
Therefore, to minimize the effect of the limits of this
approach, we managed to align the strong axis of the
panels parallel with the direction of the force transfer.
The second issue we faced was that the default setting
for connections between panels in the shell structural
analysis were considered rigid in Karamba, whereas the
joinery techniques used with wood structures are
generally pinned joints. Therefore, we created a virtual
spring connection, as proposed by the developer of the

Figure 6: Top; deformation, Bottom; Von-Mises stress
distribution.
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4.3 Joinery System and Manufacturing
The joinery system is a critical part in non-standard CLT
structures because it can easily become costly and time
consuming even if it is planned from the beginning of
the project. In CLT construction, the traditional and
commercial joinery system could not work in a nonorthogonal configuration.
For a customized form, we need a customized solution.
The highly engineered joinery system between the
panels will eventually transfer positive and negative
axial forces, lateral forces and bending moments [6]. For
a small project, custom-made metal plates are often used
for connections between panels [22]. Their small number
and simplicity make them a reasonable and economic
choice. However, for the structures with a large number
of panels, this solution becomes irrelevant as the number
of custom-made plates makes it prohibitive.
Two alternative solutions have been found. The first,
developed by TU Graz [6], is the “sewed” joint, which
connects CLT panels with glued-in laminated veneer
lumber (LVL) cleats inserted into CNC-milled slots. If
the CNC milling time is limited, the gluing time is
considerable and requires high precision, controlled
environment and complex falsework. Even if this all
wood joinery system by its efficiency and aesthetic is
compelling for our structure, it seems inappropriate if we
consider the final on-site assembly of the project.

Figure 7: Dovetail detail model – Rendering in Rhinoceros

The second solution is a dovetail joint, which in this case
was considered more appropriate even if it implies more
CNC time. This joinery system, as shown in Figure 7,
has been used successfully to connect the panels of
various research pavilions. Looking at the examples
using common plywood in an origami structure [23],
LVL in the Laga Exhibition Hall [7] and CLT in a
IBOIS research pavilion [20], we were now more aware
of the possibilities and limitations of this joinery system.
This system is easy to assemble on-site and it requires
limited falsework as seen in the Laga Exhibition Hall
construction process. The time consuming part is, as
mentioned, the manufacturing where many dovetail
joints necessitate multiple machining operations.
However, test iterations conducted with the results of the
structural analysis can guide the joint distribution to
control the positioning and the density of the dovetail
joints in the parametric model. This allows us to
optimize the number of panels, significantly reducing the

number of dovetail joints and increasing the structural
efficiency of the model.
To enhance the efficiency of the design process up to
manifacture it was logical to automatically generate the
joinery system and to integrate it into the iterative design
process. First, we needed to generate the thickness of the
panels, because our basic generative script produced a
surface without thickness. This step, although seemingly
easy, was not so, since each side of the panel needed to
be “extruded” in relation to its adjacent panel, so that the
panels never overlay (see Figure 8). We offset (p’) the
planes of the panels (p) to obtain the intersection lines
and generate the intersection plane between two side
panels (P). This plane will define the angle cut of the
dovetail joint.

Figure 8: Left: gap in a standard offset panel. Right:
Intersection plane (P1,3) obtained by the intersection of the
offsets (p’) of the sub-surface panels’ (s) plane (p)

We chose to work with a basic design for the dovetail
joint. Our most important concern was to control the
CNC machine time by controlling the robot’s number of
“movements”. The basic design suggests that we obtain
a joint geometry, that meets Three-Degree-of-Freedom
(3DOF) criterion [23], which means that joined parts can
move in three directions. In practice, the design of the
project and the fact that the panels will always be
clamped between other panels, meant that sophisticated
1DOF joints would not be necessary. Moreover, a 1DOF
geometry would have necessitated more movements
from the machine. We would have needed to calculate
the traction resistance of the tails and the assembly
would have necessitated one direction of insertion,
which would have been a complication in the final
assembly of the project.

Figure 9: Left; 3DOF (basic design), right; 1DOF

Therefore, to limit the movement, and increase the
rigidity of the system we added structural screws similar
to the ones used in the Laga Exhibition Hall. The joinery
system would take the in-plane shear forces parallel to
the edges [23] and the in-plane compressive forces [23],
while the fasteners would be taken the out-of-plane shear
forces. Fortunately, the structural stability of our model
is mostly based on the distributed in-plane shear forces
along the panel edges [24-bagger 2010]
Our basic model of dovetail joint, in contrast with the
Laga Exhibition Hall, is not as smooth on the outside
where no cuts were planned to obtain a flush fitting
edge, considering that an envelope would be installed to
make roof finish. The inside finish would be assumed by
the structure as it is.

Figure 10: Left; with finishing milling, right; with no milling

To ensure a proper manufacturing process, we worked
closely with Chantiers Chibougamau. Once the design
was approved by the manufacturer, we completed and
enhanced the design of the dovetail joint according to the
specifications of the milling cutter. For example, one of
the possible problems could have been the angle of cut:
if it is too large, the cutting machine can be jammed by
the material itself. Rounded corners of 5-mm diameter
were included in the dovetail joint parameter. We also
added a 1-mm gap between the panels at the joints and
engraved the number of the panel and the arrow of the
strong axis direction as good assembly practices. Due to
the small size of the panels, we also decided to use
trimming waste from other projects and added a nesting
algorithm to save material.

Finally, we had all the necessary elements to generate
the BTL files with the previously mentioned
Woodpecker plug-in that would serve as input to the
CNC machine for the manufacturing of each panel,
making possible the easy mass customization of our
structure.

5 PRACTICAL IMPLICATIONS
There is yet very little research in the Province of
Quebec on integrated digital architecture and even less
on digital manufacturing. Thus to ease the introduction
and deployment of these techniques, we wanted to
approach the design cycle in the simplest fashion
possible with the means available.
We have thus been able not only to demonstrate to
professional architects, engineers and manufacturers in
the wood construction field of Quebec what can be done
with this material and what constructive opportunities
are within reach, but also to streamline the digital design
tools and processes while integrating all the trade
competencies under a single modelling and design
interface and working collectively on the pre-proposal
for the project.
We also demonstrated that custom designs can be easily
accessible. In fact, when the manufacturer received the
first models, he was surprised that it was possible to
modify the model and automatically regenerate the
associated joinery specifications. All this was in addition
to the capacity to readily export a model to different
software for a full structural analysis and manufacture.
The next steps to reinforce the modeling process before
considering a future construction will be to compare the
structural analysis results yielded by our iterative cycle
with the results of the analysis from software integrating
the multilayer characteristics of CLT. Even more
interesting will be the comparison of these results to
those from experimental tests on small-scale prototypes.
Furthermore, more research will be needed on the
joinery system, to ensure compliance with building
codes and gain wide acceptance in the CLT builders’
community.

Full digital process à Rhino 3D + Grasshopper
Design

Structural Analysis

Figure 11:Graphic summary of the design integrated process of the structure

Manufacturing
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6 CONCLUSIONS
The research presented in this paper describes how an
integrated design process promotes the use of CLT in a
wide range of projects, using, as an example, tessellation
as an architectural and structural design approach.
By informing the design with structural and
manufacturing notions, the digital design process
combined with the precision of digital fabrication
enables the architect to propose innovative buildable
solutions while managing numerous factors and
constraints in the process. The resulting ability to
communicate and closely work with other fields enables
the design team to have a distinct influence on the
efficiency, cost and esthetics of the project.
Applying these integrated design principles to a concrete
project has crumbled some of the barriers that existed
between fields. Multiple players of the industry were
able to witness the benefits of using a collaborative
approach for exploring and executing complex
customized wood-based projects in Québec.
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TECTONIC DESIGN OF ELASTIC TIMBER GRIDSHELLS
Jorge G. Fernandes1, Poul H. Kirkegaard2, Jorge M. Branco3.
ABSTRACT: This paper aims to 'bridge the gap' between engineers and architects for a better understanding of the
design process of elastic timber gridshells. The purpose is to inspire architects to develop innovative timber structural
forms informed by engineering knowledge.
This paper is organised in two parts: the first part is a theoretical reflection on the concept of tectonic and on the
combined application of architectural and structural knowledge; the second part is dedicated to the review and definition
of the various decisions and consequences during the design and construction of elastic timber gridshells.
KEYWORDS: Timber design, Timber gridshell, Mesh design, structural approach, structural mesh.

1 INTRODUCTION 456
Timber gridshells are a special type of structures that
combines structural efficiency with an attractive
appearance. As they are highly technical systems with
low-cost means, they have a very limited impact on
natural resources [1]. However, the main feature is its
shape. The formal freedom that it allows and its structural
behaviour make the gridshells a very desirable structure
in the eyes of any designer. These structures are able to
cover large spans and ensure a high spatial flexibility. As
such these timber structures are in vogue and its
advantages for quality spatial design and the new creation
potential for designers have great advantages [2].
Furthermore, timber gridshells are versatile and can be
found in rehabilitated buildings as well in new buildings,
roofs, as small additions in non-structural elements and
even in partitions as merely an architectural object.
The origin of gridshells goes back to the 19th century
(1896) and they were created by Vladimir Shukhov, a
Russian engineer. However, he only addressed steel
structures and not timber structures. In 1975, the first large
scale timber gridshell was finished, the Multihalle, in
Mannheim, designed by Frei Otto [3].
Nowadays, the construction of elastic, or post-formed
timber gridshells [4] remains an issue to be taken into
consideration. With this structural system, architects and
engineers have moved towards a common goal the
symbiosis between space and structure, the balance
between aesthetics, function and proper optimization of
materials. Nevertheless, due to the complexity of the
design and the idealization of its construction, designers
are not very keen to use it as a possible solution [5]. The

main reasons for this positioning from their part may be
due to the lack of information and tools that could help
define this complex system, as well as some guidelines or
directives [6].
Until now, gridshells have been designed on a case by
case basis and have not been studied as a specific structure
type that can be used in many ways and in several
different situations. The starting point of a project is the
architect's sketch, purely as an architectural and aesthetic
ideas where the overall geometry is defined without
structural considerations.
Traditionally, the structural information is only applied at
the end of the design process to refine details of the
conceptual sketch drawn by the architect. However, it is
felt that the structural approach should be included right
from the beginning [7]. There is a need to evaluate the
structural performance of elastic timber gridshells during
the schematic design. This could provide design rules
which would facilitate discussion among designers from
different areas in order to improve the tectonic
characteristics of the projects.
This paper aims to understand what engineering has to
offer to architecture as a methodology and support the
design of the timber gridshells. Thus, the main question
considered in this paper is how engineering and
architectural knowledge can optimize and improve the
design procedure. The methodology applied is based on a
tectonic approach [8] to the design of the gridshells. It is
intended that this results in a docket of notions about the
design of timber gridshells, to solve problems found
during the design process that can help to create structures
with high spatial and structural quality. It is not the
purpose to try and qualify what should or should not be
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done, what works or what does not work. Such
conclusions can be applied to others areas of science, but
not in architecture. Architecture is a human science which
varies according to who experience it. It is also not
intended to create rules or restrictions, since this is a
system with yet a lot to explore.
To achieve the proposed ideas, the form-finding method
will be explained and the elastic timber gridshells will be
divided in three approach concepts. Also, the erection
methods of timber gridshell will be analysed. Afterwards,
the consequences of these decisions will be identified and
proposals to address gaps in this area will be presented.
With this knowledge, it is possible to minimise the use of
applied forces. With fewer forces being applied to the
lattice, the risk of breakages on this kind of projects will
be lower than on previous gridshell projects [9].
This work is carried out from the point of view of an
architect, accompanied and aided by civil engineers. It is
supposed to be an integrated research as it is crucial to
find new methods to design these structures, in a faster,
practical and more efficient way.

2 ENGINEERING INFORMING
ARCHITECTURE
Tectonics is a seminal concept that defines the nature
of the relationship between architecture and its
structural and material properties. The changing
definition of the symbiotic relationship between structural
engineering and architectural design can be considered as
one of the formative influences on the conceptual
evolution of tectonics in different historical periods [10].
Both of these areas have traditionally been characterized
by the development of a sequential reasoning of shape,
structure and material [11]. The sequence begins firstly
with the formation of the concept by the architect which
is then transmitted to engineers who develop the project
structurally and materially wise, in collaboration with the
first [7]. Collaborative relations developed between
architects and engineers contributed to the production of
some of the most iconic buildings. Although the process
of structural engineering already has been developed,
there is still a possibility to increase the structural
knowledge and create the technical possibilities, which
will result in a tendency to design structures more
efficiently [12].
The importance of working as a team is not something
new. As Mies Van der Rohe once said, when a type of
building gained importance, in the historical period it is
inserted, its structure has always been the vehicle of their
spatial form, as shown in the Romanesque and Gothic
styles. The renewal of architecture has to focus on the
structure and not on the ornaments that are placed on it.
The building and its rationale are together and the
structure is the form and space [13]. Further, as Corbusier
said, architecture should be the expression of the materials
and methods of our times, as engineers provide the tools
of their time and their technical knowledge [14]. The
materiality defines the experiences and gives shape to the
intentions in architecture.[15] As such, the developments
in civil and structural engineering profoundly affected
architecture. The use of new structural materials and new

structural systems determined the tectonic qualities of
modern architecture. A building should be understood as
a set of systems that work as one. The group of
professionals responsible for these systems are always a
multidisciplinary team that must fill the gap between the
analytical knowledge of the structures and the wisdom of
architecture [8]. One of the fields in which this efficiency
between the professionals is sought, is in the relation
between the form and the structural properties of the
systems. This could lead towards an increasing interest in
lightweight structures. Within these type of structural
systems, gridshells are a variant that can be chosen for
free-form and architecturally expressive design.
Still in most cases, structural considerations only come at
the end to refine the details of the previously selected
shape, when it is imperative to include the structural
approach from the beginning. There is a need to evaluate
the structural performance of timber gridshells during the
schematic design, in order to provide some design
strategies to ease the discussion between the designers in
different areas as to improve the tectonic characteristics
of the projects [7].
It is important to realise that there are already such
shortcuts/notions in architecture. Architectural design as
a creative artistic act, sometimes requires defiance of the
established or accepted principles in order to achieve the
desired result. These elements and principles are
guidelines which, when used properly, may provide a
satisfying result but, they are neither flawless nor
complete. At the centre of this process, there is a conﬂict
between form and function. In the timber gridshells this
distinction does not exist, the structure designs the space.
So, here the skill of the architect is found in the manner
by which they apply aspects of design combined with
artistic sensibility, his vision and the physical
characteristics of the building and the environment. This
is supposed to clarify and explain some of the guidelines
that can be applied as an appropriated and useful design
tool for elastic timber gridshells. The most important
purposes of this design tool are to define the geometry,
how it can actually be built and to predict the forces that
will be present in the gridshell. As far as timber gridshells
are concerned, and unlike most other structures, the
construction phase is the most critical stage of its life.
Since the shape is closely linked to the forces that are
present in timber and the support reactions, these aspects
must always be known when the final geometry is
achieved. Thus, the chosen structural typology will
certainly have an impact in the architectural image. All the
design decisions focuses on the possible choices. When
the material is chosen, it has particular characteristics,
there is a budget, its own laws, which limit options. As
such these design approaches will help to clarify the
options available when it comes to making the decision
about which timber gridshell to choose. The designers
must look at this as a good shortcut, as something that
does not rules out creative options. Quite the contrary, it
gives them time to go ahead and take on new issues.
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3 DESIGN APPROACH TO THE
ELASTIC TIMBER GRIDSHELLS
The following section outlines what has been done in the
development of the design and erection processes of the
timber gridshells. The order in which the different phases
of these processes will be presented are not necessarily in
a chronological order. This paper is concerned with elastic
gridshells only, not just in its construction phase but also
in the preparation of this moment. It is extremely
important to understand which aspects are taken into
account before the construction to identify from the start
the existing information gaps in the process. The
economic advantages that arise from using elastic timber
gridshells (low material quantities, cost effective
transportation, large spans and low-tech assembly of
linear elements) are undermined by the cost and
complexity of the labour which is necessary for their
erection [5].
Although there is a shortage of works in this area, the
theoretical field has developed some research material
around this structures. Since the last century the evolution
of elastic gridshells has significantly progressed in the
fields of computational form-finding and structural
analysis, generally, fuelled by academic curiosity and a
few number of innovators (Frei Otto, Shigeru Ban). These
are people that believe that this kind of structure offers a
way to facilitate the construction of large scale, low-cost
elastic timber gridshell buildings in the modern built
environment such as have not been seen since the likes of
the Multihalle Mannheim [16].
Academically and in the field of practice, recognition
should be given to some researchers who have highlighted
the important of developing the design process and
construction of elastic timber gridshells. Chris Williams,
Richard Harris, Alberto Pugnale and Frank Jensen, are
some of the most prominent researchers in the field. In the
field of erection methods, but not exactly on the timber
area, it is important to mention Quinn and Gengnagel who
describe the main categories for consolidated construction
techniques: the “pull-up” / “push-up”, the “ease down”
and a further category based on inflatable membrane
technology is outlined but not consistently illustrated [16].
3.1 FORM FINDING
From the literature, it is possible to create a compendium
with a logical approach path to timber gridshells, since the
shape approach until the phase of analyses of the
behaviour of the built buildings, starting with the previous
process of form finding, term frequently used to describe
the method of defining the shape of a structure [17]. This
process is often influenced by factors such as the type of
structure, properties of the material, boundary conditions
and construction requirements, in this case timber
gridshells. It also has a great potential in the optimization
of the geometric, material and in reduction of the
structural section.
According to the work of Richard Harris and Chris
Williams [17] it is easy to summarise the following
approaches to the geometric design of gridshells:
Funicular methodology, where the gridshells are
produced by inverting the shape of a hanging chain model,

which is under pure tension, thus obtaining a pure
compression structure under its own weight. This has
been applied by Gaudi in the Colonia Guell and its
historical roots can be traced back to Robert Hooke’s [18]
catenary experiments. This process gives the designers
information about node coordinates. A different way to
define a gridshell structure is analytically, by explicitly
specifying a surface and then describing a grid of nodes
and lines on that surface. There are different geometric
methods that could be applied to describe a grid on a
surface. For practical and economic reasons this tool has
been more frequently applied. The software is constantly
improved due to the amount and accuracy of information
that engineers are able to introduce in these reality
simulation tools. A third option is a mixture between the
two methodologies and it was applied in the Weald and
Downland gridshell [19]. This project confirms that there
is still reason to debate the use of physical models in
contemporary design as a complementary tool. Lastly,
contrasting with the above-mentioned gridshells, the
approach where the form-finding is based on the proposed
construction process. This implies starting with a flat grid
and pushing the support nodes towards a desired support
configuration, while also pushing the grid upwards. It is
possible to simulate the proposed construction by
modelling the forces applied to a grid made of springs
[20].
Architects should dominate the drawing tools, scale and
proportions, the full and empty volumetries and the
atmosphere that they idealize, even because it is possible
to understand that all the approaches presented need
another (engineer) support knowledge. It is still necessary
to know the properties of the material, know the buckling
required to transfer forces, recognise the elements that
will be more required in the structure and mediate the
mismatches between the model and reality.
3.2 CONCEPTUAL APPROACH
Another way to help architects to realize what is possible
or to define the options, in the mentioned design process,
is to understand which key elements that could define
different assemblies of timber gridshells. It is necessary to
understand the structural capabilities of timber gridshells
such as: the proportionality between span and height; the
balanced distribution of forces in the edges and supports;
the ratio and buckling necessary to unload the weight and
other forces; the metric of the grid and finally the
geometry. Should the elastic timber gridshells always
work like a dome? What potential can be exploited? Does
the design process depends on the size or the complexity
of the shape? To understand the questions raised, three
concepts will be analysed with the purpose of representing
the general and the particular cases. The division by
different approaches was made based on the gridshells
geometry shape, the structural behaviour [8] and the
differences in the design and construction process. It
should be noted that it is a segmentation of an already
particular system. These three varieties are in side of the
elastic timber gridshells, which in turn are in the group of
timber gridshells and these in the shells structures.
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3.2.1 SET KIND
The approach concepts, as already mentioned, divides the
elastic timber gridshells into three groups, two within the
mesh considered regular, those that work in compression
and the ones that work in tension, and one representing
the irregular shells, as can be seen in Figure 1.

Figure 1-Clusters Concept
This division is complementary because it can distinguish
the shell from its structural behaviour and its geometric
complexity. Here the respective contribution of architects
and engineers becomes clearer. The architects have some
ease in handling the shape as if it was a piece of
handicraft, even if it is a case of simple geometry or
something more amorphous. The engineer, on the other
hand almost intuitively understands the path of the forces
and the areas most required in the structure. The choice of
the structural concept is not just a formal decision framed
in the environment in which it operates, it is also the result
of an informed discussion, pro-active between the idea
and its materialisation. The parts have to work as one. For
it is not enough to limit the space or choose the material,
the structure has to be the backbone of the architectural
idea.
The Regular in Compression (Figure 2) represents all
timber gridshells with: at least one axis of symmetry in a
section and a plan; one or more lines of SF (symmetrical
forces applied on opposite sides in order to apply force
homogeneously); work only in compression and with a
uniform discharge of forces. This kind of elastic timber
gridshell takes the shape of a single shell and can
represent the majority of the gridshells. It can be said that
it is the simplest of them all.
That is probably why it is possible to find more examples
of its application.

Figure 2- Regular in Compression examples
One of these cases is the Downland Gridshell (Figure 3).
This is a well-documented and described project, a very
complete constructive guide. Despite being in this
category this building has a complex geometric
composition and it is easy to understand the volume and
read the structure.

Figure 3- Downland Gridshell [21]
A recent example, ZA Pavilion depicted in Figure 4, was
presented as a temporary cultural venue and was designed
during a student workshop in Cluj, Romania. It is a simple
solution with a great result. The ZA Pavilion was based
on the construction process and it is now possible to find
the shape of a timber gridshell by simulating its real
construction process. A simple square grid is easy to
imagine, but connecting multiple “trunks” with an
intricate topology of beams criss-crossed between them
requires some serious thinking[20].

Figure 4-ZA Pavilion [20]
The second, Regular in Tension (Figure 5) shows; also at
least one axis of symmetry in a section and in a plan; a
support or several supports grabbing the mesh in order to
create a homogeneous structural behaviour; working only
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in tension. It is obtainable from the vertical mirror of a
regular mesh and can be suspended or hung. This
typology presents a facet of timber gridshells that despite
not yet having been explored in a real context, is presented
as an optimum system to be applied in various situations.
It is a lightweight system with a reduced section and with
a great structural and geometric flexibility that would
certainly be an ideal solution for new constructions and
for intervention on built heritage.
As mentioned, there are no records of construction of this
kind of shell.
Figure 7- Sagrada familia Model, from Gaudi8
Finally, the Irregular group (Figure 8): more complex, it
is a structure with a very difficult geometry; it can work
in tension, compression or both; in general it is not built
from a homogeneous application of forces (SF); often
presents no axis of symmetry; the geometry presents a
more complex and amorphous aspect than the first two
groups. Here it is possible to identify the most famous
example of a timber gridshell, the Pavilion of Manheim
Multihalle (Figure 9).

Figure 5- Regular in Tension
However, Heinz Isler, the Swiss artist-designer-engineer
known for his concepts and methods for free form shell
structures, directed his efforts away from the mathematics
of engineering and focused on the physical model, as can
be seen in Figure 6. This study into physical modelling
placed emphasis on form and stability. The goal was to
create structures of high efficiency with the lowest
possible environmental impact. As has been argued in this
paper Heinz Isler also believes that architecture and
engineering are just two aspects of one thing [22]. Isler
left a lot of work done in this area due to models which
were used to find the most suitable form for shells.

Figure 6- Heinz Isler hanging Models7
Also Gaudi cannot go unmentioned in this area of
tensioned models, He was the major driver of this
methodology. In Figure 7, one can see the inverted model
in tension of the Sagrada Familia.

Figure 8- Irregular
This work of Frei Otto is today an icon of timber gridshell.
It has a strong and easily recognizable image as shown by
Figure 9. The geometry of the structure was determined
by physical form finding and it was constructed by
pushing up the flat mat of laths by aid of scaffolding
towers and fork lifts. Its idealization and construction
were difficult [23] but it was not only because it was the
first. Its complexity and its scale brought great challenges
to all project interveners, made possible only by the
cooperation of all areas. However, as is visible even
today, timber gridshells with a more complex and
irregular structure have a good performance and excellent
results as regards the creation of striking atmospheres.

7

http://blog.buildllc.com/2009/04/heinz-isler-a-few-importantthings/

8
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Figure 9- Manheim Multihalle [24]
A more recent and geometrically simple example can be
observed in the Figure 10, the Sutd Library Pavilion, built
in 2013 in Singapore. The idea was a part of a competition
where its potential was realized and the project
completed. A low-cost gridshell made from 3000 unique
plywood panels creates a vaulted form with no internal
walls or columns and is clad in 600 hexagonal steel tiles.
This emphasizes the ephemeral aspect of such solutions,
an important feature in a period in which it requires
flexibility and elasticity in the space created by architects
[25].

Figure 10- Sutd Library Pavilion 9
With these three groups, it is intended to explain the
different approach concepts. Each one will aim to
demonstrate different levels of structural and formal
complexity and outlining results regarding structural
behaviour, dimensions, and joints.
3.3 ERECTION PROCESS
Timber gridshell construction shows limits already at
small scale. When the scale is larger, a lack of a
standardised, cost-effective erection method implies that
techniques have to be reinvented every time and gridshells
become affordable only for exceptional projects, such as
the Downland Museum or the Multihalle in Mannheim
[24] leaving the costs and time to vary depending on the
context.
As mentioned before, it is fair to say that the erection
phase is usually a major, if not dominant, load case for an
elastic timber gridshell due to high bending stresses
induced by tight curvatures and point loads in the laths.
This effect depend on the method of erection as well as on
the shape and size of the shell. The main reasons for
minimizing bending-induced stresses are to prevent
ruptures of the beams during erection and to ensure that
sufficient stress reserves are available in the beams under
external load cases. While every major gridshell project
has experienced breakages during erection, the number of
ruptures has progressively reduced. During the erection of
the project Essen, due to inherent stresses, several grid
rods directly next to the joints were broken [26]. At
9

http://www.jebiga.com/sutd-library-pavilion-city-form-lab/

Manheim quite a number of finger links broke on site
during the erection process [23]. In the Downland
gridshell with 10000 connexions in the structure, there
were around 145 ruptures during construction. Practically
all were failures of the finger joints [21]. Finally, in the
Savill Garden gridshell [27], which had extremely low
curvatures and a fully scaffolding-supported erection
there was only a couple of failures during the construction
process. While this progressive reduction of ruptures is
very positive, it comes at the cost of increasingly slow and
costly erection [16].
Despite this, Quinn and Gengnagel, in their “review of
elastic grid shells, their erection methods and the
potential use of pneumatic formwork”, the authors
acknowledge five main viable means of elastic gridshell
erection which can be used combined, if necessary: “pull
up”, “push up”, “ease down”, “inflate” and “by
constrain”.
3.3.1 PULL UP
The first known example of a timber elastic gridshell is
the experimental prototype built in Essen, in 1962, by Frei
Otto. This 15m grid shell was erected by means of a single
mobile crane but also by wooden stilts used to support the
perimeter. This erection method, in Figure 11, has the
benefit of speed. However there are several
disadvantages. Cables, even when branched off into
clusters of fixing points, introduce large point loads and
subsequent stress concentrations into the structure. While
clusters of wires will better distribute the applied vertical
loads (out-of-plane), they introduce compressive
membrane forces (in-plane) which will increase buckling
risk for the laths. Furthermore, the crane erection method
can only apply force in the vertical direction and is not
restrained in the horizontal direction. The lack of
horizontal restraint from the cables is beneficial due to the
necessary grid distortion during erection. However global
horizontal restraint of the gridshell itself or at least its
edge must be provided by separate means. Typically crane
erection requires very calm weather and is only practical
for small shells [16].

Figure 11-Erection process scheme
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3.3.2 PUSH UP
Originally, the Multihalle Mannheim was planned to be
erected using four 200t cranes but finally a system of
jacking towers was devised by the contractors and
engineers in order to cut costs. 3.5m by 2.5m H-shaped
spreader beams were connected via ball joints to the 1m
square scaffolding towers which were up to 17m tall.
These towers were jacked up vertically using fork lift
trucks which were able to accommodate the necessary
lateral translations of the lifting points. A key feature of
the erection process (Figure 12) was that “the lattice was
anchored with cables, at certain key points, to prevent
collapse”. The spacing between the towers was 9m and
the laths deflected by 200mm under bending from selfweight. This deflection had to be gradually reduced to
around 50mm by progressive stiffening of “strips” along
the grid shell followed by the height adjustment of grid
zones [16].

Figure 12-Erection process scheme
3.3.3 EASE DOWN
The three most recent timber elastic gridshells built by
Buro Happold (Japan Pavilion, Weald and Downland
Centre, Savill Garden), were erected by means of
scaffolding support underneath the entire grid shell area
coupled with incremental and controlled displacement of
the laths. The unique aspects of this method, seen in
Figure 13, are the high layout level for the flat grid, from
which gravity is harnessed and the laths that are gradually
displaced downwards (allowing also for lateral
movements). Scaled physical models played a crucial role
in planning, predicting and checking of the erection
process. Detailed labelling and measuring of the
structures during deformation was carried out to monitor
and control the process. Additional straps and ratchets
were required to initiate further “scissoring” in order to
successfully form the crowns and valleys of the Weald
and Downland Centre [16].

Figure 13-Erection process scheme
3.3.4 PNEUMATIC FORMWORK
This method has not yet been applied to Timber
gridshells. Therefore, it is only possible to conjecture
some conclusions from its application to other
systems/materials and from the empiric knowledge
notions. It is possible to understand that the flatter zones
of a pneumatic cushion are better able to resist vertical
external loading with low static pressures than “steep”
surfaces and small horizontal contact areas. And yet,
small curvatures while beneficial for erection are
undesirable for the final shell geometry due to the
resultant low shell stiffness. Therefore, the shape of the
pneumatic formwork and the final grid shell must be
developed in unison. The most critical challenges for the
erection of elastic gridshells, by means of pneumatic
formwork are concerned with the following major issues:
stability and restraint of the grid shell mechanism during
erection and ensuring that the target surface geometry is
achieved despite sagging of the cushion. It is proposed
that regardless the cushion type, the gridshell should be
raised to a height higher than its final destination such that
the beam ends can be lowered to their supports via
deflation in a controlled manner [16].

Figure 14-Erection process scheme
3.3.5 BY RECESSING / CONSTRAINING
About this method, for the moment, there are no built
records. It is presented as another theoretical possibility to
explore. Starting from the constraining of the two sides of
the gridshell, if it is a regular grid with two lines of SF,
can be easy applied the shape deforms to start modelling.
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This method has the advantage that it is only necessary to
apply forces on two sides. However, it also implies a great
dependence of the place where it can be built, as it always
need to be fixed in two directions. It will also require
greater care with regard to the fixed points and the points
where the force will be applied so that the energy reaches
the wooden elements in a homogeneous way without load
peaks in individual elements. This method wins by speed
and because it can be applied in media with low resources
so as to be low-tech.

Figure 15-Erection process scheme
3.3.6 CONSTRUCTIVE DETAIL
It must be clear that all the engineering decisions made
during the design process have a result in the architectural
image, from the form-finding to the approach concept and
the erection process. To use in full the tectonic properties
of this structural system the architect has to add to his list
of tools the engineering support. The architect should try
to facilitate the construction and engineers should make
clear the physical and material limits for each method.
Starting with the material (timber adaptation and its
formal flexibility know no limits), adaptation to the
environment, and the huge variety of textures, shapes and
colours. It has to be understood as a material with different
physical properties depending on the species and the
application. The species of timber and it section are 'small'
choices with major repercussions in all other decisions as
well as in the final image. It is necessary to know the
characterization of its properties, its ability to flex, bend,
buckling, ductility and its elastic capacity to return to the
original form (Figure 16).

Figure 16-Timber characterization (1m x 6mmx2.5mm)
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http://www.grasshopper3d.com/photo/za-pavilion2013?context=user

The decision about node detail and the end-to-end
connection will have some consequences as well. At the
outset, it has to be taken into account how the gridshell
will be raised, as it will influence the locking structure and
what will be the skin of the building. The choice of linker
can facilitate the construction or it can hamper it. For
example, in the process of erection 'by constraining', the
use of grooves should be considered which will allow
some slippage between the elements or the use of plates.
Otherwise, the application of force commandeered on
some elements may be excessive and generate some
rupture.
Using the example of the ZA Pavilion, the choice of the
structure of the lock, had a direct impact on the bonds and
the architectural image gridshell. It is not intended to
judge the architectural or structural quality of the
building, just a pragmatic analysis. A system with two
layers with screwed connection and a slot allowing the
slip has been used, as can be seen in Figure 17. The
locking is done with timber elements placed at the end of
each diagonal raster, preventing the displacement. This
replication of the lines created a visual duplication of the
grid and consequently it became more closed. This
decision had consequences in the metric reading of the
building, the interior relationship with the outside, the
light input and the construction process. On the other
hand, it allows to always keep using the same material to
avoid mixing other materials with a different visual
impact.

Figure 17- Locking detail of the ZA Pavilion 10
It is possible to see that there are many options with regard
to this decision as it is possible to check in Figure 18.It
can be seen in the work of Quinn and Gengnagel [16] that
a variety of solutions can be used in real cases. There is
no rule, but there are solutions that are more appropriated
than others and also in these details it is expected
engineering to inform architecture.
As a result, the architectural design is the consequence of
solutions carried out through this design process to solve
the individual issues while at the same time resolving the
global issue of the building. It is an intense and complex
mix that involves all sections of this analysis using the
design concepts defined herein and the presented
methodologies to fulfil the purpose of the tectonic design.
The apparent success of good design will be evident in the
continued facility and freedom found by this combination
of knowledge.
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and improve the design procedure featuring the structural
system and determining guidelines, giving some ideas and
comments that can be stated for the elastic timber
gridshells:

Figure 18- Timber gridshells node details

4 CONCLUSIONS

The goal of this paper has been to outline what
engineering has to offer to architecture as a design
methodology, as well as to know how the engineering and
architectural knowledge can optimize and improve the
design procedure of elastic timber gridshells. Thus, in this
work, the concept of tectonic and the advantages of
combining the architectural and engineering knowledge
were discussed. Moreover, it has been presented a review
of the form-finding process, the structural approach
concepts and the erection methods. Also comments were
addressed with benefits and caveats of the consequences
of all the decisions made during the entire project. Finally,
some results will be presented in a docket of notions about
the design of elastic timber gridshells.
Since the lack of design notions was previously identified,
now it is necessary to make clear that engineering has to
offer an integrated approach. A methodology that should
not be complicated but rather complex, as it is possible to
see in Figure 19. Neither the architect nor the engineer can
do this alone, it takes both to create delicated and
informed gridshells.

Figure 19- Design Process for elastic timber gridshells
The more skilful and informed the architect is the bolder
and innovative may the result be and engineers should be
pro-active in all phases of the project. This way
engineering and architectural knowledge can optimize

FORM FINDING:
 The shell shape should be defined geometrically or
digitally for the purpose of making their construction
possible;
 The architect has at her/his disposal tools that allow
her/his to control the volumes even if they are irregular
and amorphous;
 The architect must be able to master the mesh geometry
as well as to be able to explain it to engineers;
 If the first design approach is the work of the architect
the structural approach should be introduced at the same
time by the hand of engineers;
 If the best optimal form is used the thickness of the
structure can have a substantial reduction;
APPROACH CONCEPT:
 The span must be proportional to the height;
 A gridshell can work in tension or compression or both
depending on the approach concept;
 Curvature and height of the timber gridshell should be
sufficient to work as a compression or tension structure;
 Horizontal forces at the edges and supports should be
balanced
 Buckling of the surface should be avoided
 The fact that there are no beams and pillars give it
always unique tectonic characteristics;
 Each work must be understood as a single case but the
Approach Concept should be perceived as a tool
applicable to various circumstances.
ERECTION PROCESS:
 The surface should be bendable;
 Must be avoided the application of localized forces;
 Besides the obligatory projects, an erection project
should always be prepared;
 Costs and work time will always be directly related to
the adequacy of several decisions in relation to the
context and available means;
 The irregular mesh can be mounted with more than one
erection process combined;
CONSTRUCTIVE DETAIL:
 Can be thin or thick. This will have an impact on the
resistance of the mesh but also in its ability to flex and
on its weight;
 The erection should be based in view of the timber
adapting properties;
 Joins and the locking elements should allow rotation of
members before fixing.
 The links should be chosen taking into account the
erection process, the behaviour after that and the
Architectural image;
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 Architect must be skilful in handling all the phases of
this process;
Further step will be deepen and evaluate these notions in
a construction of a one scale case, a regular model in
compression with 7mx7m. This will happen in the context
of a workshop where these ideas will be presented and
discussed among architects and engineers.
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leanWOOD - ADVANCING PERFORMANCE OF DESIGN TEAMS IN
TIMBER CONSTRUCTION

Frank Lattke1, Sebastian Hernandez-Maetschl²
ABSTRACT: leanWOOD tackles process innovation at the interface of design and production planning. Against the
background of a growing complexity of timber building construction the paper discusses main constraints and potentials
influencing the performance of design teams and demonstrates a strategy to streamline planning processes and thus
increases the effect of collaboration of architects, engineers, special planners and timber production planners and manufacturers. leanWOOD presents a strategy for the documentation of the decision-making process in execution planning
and represents a way to map plan format and specification of contents according to the hierarchy of building elements
and components. The study aims at a checklist to support the planning process and management of expert planer teams.
An optimized planning process in timber construction according to the recommendations of leanWOOD will significantly improve team performance and is an important contribution to the current development of BIM processes. Full
collaboration through sharing information at the beginning of a project will most likely deliver the expected outcome:
fast, efficient, effective, and cost bound buildings.
KEYWORDS: leanWOOD, collaborative planning process, planning task & responsibility

1 INTRODUCTION 123
Industrialised manufacturing methods on a high prefabrication level have drastically advanced building with
wood and opened markets for the sector, especially on an
urban scale. Retrospectively, multi-storey large volume
new buildings as well as retrofitting projects using timber based solutions (e.g. TES EnergyFacade) have been
successfully realised and are now on the way to up scaling.
Due to the structure of conventional linear project processes as well as an increasingly complexity of building
technology and codes, today’s planning and construction
business often suffers from an information loss at the
interface of actors at all planning stages throughout construction. In theory, linear project processes should rely
on a chain of tasks and responsibilities from planning,
production to assembly (Figure 1, “Design-Bid-Build
should). The setting of architects and engineers follows
this traditional way of construction work and is reflected
in the structure of the scale of fees, where stages follow
the logic of an on-site building procedure. Compared to
common in-situ construction, off-site fabricated solutions like timber construction demand more construction
experience, a higher effort of planning and decision
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making in an early project stage. Moreover, contracted
builders rely on a complete project documentation set
owed by planners (i.e. architects and engineers), which is
often not the case, as parallel planning and building is
reality. Complaints regarding the quality of execution
plans are based on the fact, that there is no definition for
minimum requirements of content and form of such
plans [1]. Thus we believe that this ‘linear-sequential’
model is in crisis and in lean terms leads to production of
“waste information” and causes problems in the execution.
“Lean thinking is gaining ground in the construction
industry. It is one approach to managing production
processes and the performance of activities. The concept
of lean construction has been defined as an application
of lean thinking in the design and construction process,
aiming to create value for the customer and reduce waste
of the production process. Building with timber is complex and often requires extensive efforts in design. Little
research can be found specifically on timber construction
processes. However, research identifies the design process as one challenge for leaner building production on a
general level. Sources of waste in this process include
e.g. excessive detail work and redesign.” [2] One way to
success is the introduction of collaborative planning
combined with process mapping as proposed in HALMAT [3], an approach to lean management and planning
of highway infrastructure in the UK.
Real-life experience of prefabricated timber construction
reveals that specific knowledge on production planning
and methods of off-site production and logistics is a key
issue to a deeper understanding in the planning of timber
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architecture. Timber manufacturers are self-responsible
for a proper documentation of their work and have built
up planning capacities over the years. However, missing
knowhow of joint planners, the lack of understanding of
partner’s needs and ineffective collaboration at the planning interfaces hinder an appropriate workflow in modern timber construction and bears conflict potential in the
different stages (Figure 1, Design-Bid-Built is). Deviation from standard procedures results in negative design
iterations and loss of time causing frictions in planning
and production stages.

Figure 1: Innovative lean cooperation model (TUM)

In consequence, project budgets often are packed by
additional unpaid hours for extra communication and
problem solving between architects, engineers and timber manufacturers resulting in economic unbalance.
Case studies evaluated in leanWOOD give evidence for
transcending hours over the whole workflow of a project. The amount of resources intended by the scale of
fees for architects for example does not provide enough
time or money to successfully conduct reliable work.
The deviation of real time effort to principal resources at
the basis of scale of fees (Fig. 2) has different reasons. It
can be the complexity of larger projects built in timber,
the additional effort for coordination of large teams or
the rework of technical documentation at the interface of
architects, engineers and timber construction planners.

materials, workflow dependencies and a design-team of
self-responsible parties with different interests.
leanWOOD research evaluated factors that influence the
performance of planner teams (i.e. architect, structural
engineer, timber engineer, timber construction planner)
to identify main constraints, that are hindering effective
cooperation in project work. Building projects are characterized by a workflow of different actors, who are not
involved in the process at the same time. Often, architects are the first party contracted by a client. In later
stages further specialists are joining the group. This fact
results in different perspectives on the critical factors of
planning processes with crucial effects on the performance of design teams.
Constraints and potentials of the planning process are
identified by leanWOOD planning partners [4] based on
their professional experience. Issues are related to the
affected parties in the process: architects, engineers and
timber manufacturers with production planning units.
Difficulties in collaboration are often a result of technical features and missing communication in the first
case as following overview shows.
CONSTRAINTS
Late contracting of special planners and timber
manufacturers
Different levels of planning depth effects coordination
Different CAD standards and 2D vs. 3D planning methods. Missing interfaces.
Preplanning without respect of timber construction principles
Missing timber construction competence of
building service planners affects project coordination
Detail conflict of fire safety issues and building
services
Synchronisation of planner teams: different
allocation of human resource affects coordination
Production planning: phase with tight time slot,
availability of all planners is a necessity

A, E, TM
A, E, TM
A, E
E, TM
A, E
A,E
A
TM

Table 1: Constraints [4]
Abbreviations for planning partners used in the table: A (Architect), E (Structural engineer), TM (Timber manufacturer)

Figure 2: Comparison of allocated resources of architects in
euregon AG project (scale of fees, HOAI / real time)
source lattkearchitekten

2 PERFORMANCE OF DESIGN TEAMS
Building processes are based on a single product (i.e.
one building) with a low repetition factor but with high
complexity of construction, necessary know-how on

In addition public procurement regulations as well as
different legal obligations of the parties involved in construction do not allow conducting a construction project
similar to effective design of industry products. This
situation is the starting point for highly complex construction projects, where an optimal team effort is necessary to successfully conduct the workflow from planning, production off-site and construction on-site. Conquering the constraints often depends on good will of all
parties. Experience in planning timber construction regarding system boarders, structural understanding, material properties and integration of building services as
well as fire safety measures is necessary knowledge and
precondition for all team members.
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Collaboration and interaction of different actors (i.e.
architects, engineers, other planers) in planning large
timber buildings often is not clearly structured. The
experience made in the author`s projects as well as the
evaluation of demonstration projects in leanWOOD
gives evidence, that each competence has little
knowledge of tasks of the other team members, thus
leading to misunderstanding and lack of quality of the
result of team work. Hence negative design iterations in
the planning phase due to additional consultation are the
consequence causing extra (unpaid) effort.
Especially public projects running according to the structure of the scale of fees for architects and engineers
show, that the integration of timber manufacturers with
specific knowledge and experience comes far too late in
the project. Figure 3 exemplifies the different working
stages of architects according to the German HOAI [5].
Procurement of construction work usually comes after
the building permit and is based on a more or less complete set of execution plans and a thorough tender description. At this stage, the architect has invested more
than 60% of the available budget leaving a narrow time
slot for an intensive consultation with a contracted timber manufacturer. Either the plans have been developed
with respect to timber construction or the workflow is
suspended, putting extra work to the production planner
of the timber manufacturer.
Deviations can also be caused by insufficient coordination of contents between special planers or changes made
by the client. The further this occurs in a project progress, the higher is the potential for rework and “waste”
of information, time and resources.

Figure 3: Stages in scale of fees compared to resources in
Germany (TUM)

Common planning procedure
According to common contract regulations (e.g. VOB,
BGB, Werkvertragsrecht) a builder is obliged to deliver
a product free of defects. To meet this requirement the
company depends on a definition of project goals such as
construction, materials and schedule foreseen in thorough project documentation with drawings and text
description. The timber manufacturer starts the technical
design on the basis of provided execution plans usually
starting from scratch. Extent and format of the documentation differ as following overview describes:

Architect /Engineer
Execution plan
floor, section, detail
2D / 3D
dwg, dxf, IFC

Timber production planner
Technical design / CNC plan
+ element size and joints
3D (CNC plan)
3D data for CNC machine

Table 2: Overview plan content and format

In current frameworks regulating responsibilities of the
actors the “who” (i.e. planners and execution companies)
as well as the “what”, the owed service (i.e. planning,
building) and the “how” (e.g. execution plan, technical
design) according to the project stage is well defined.
But the definition of minimum requirements for planning
standards is missing. In practice, this often leads to lawsuits clarifying responsibilities of detailed information
needed for the construction.
Everyday work of architects, engineers and production
designers relies on CAD systems as common tools. But
these common planning methods for architectural design, structural design, timber construction planning and
production planning lack of standards for issues like:
• Graphic style (lines, fillings, colours etc.)
• Content description
• Common exchange format for the interface of
planners involved
• Structure of responsibilities (who defines and
draws? who conducts work on-site?)
• Responsibility due to contract model
• Capacity and specific know-how
In some European countries BIM has been introduced as
a planning method with basic requirements and guidelines (e.g. COBIM [6]). However, this is not yet standard
neither the interoperability of different CAD platforms.
For a better understanding of the current situation of
BIM related to lean construction in timber see the
WCTE 2016 paper of le Roux et.al. [7]
Using sophisticated tools does not automatically enhance
the personal contribution in the workflow, more often
too much information (e.g. emails, plan versions) is
produced at the time. Johannes Kaufmann proclaimed in
a leanWOOD workshop “first think then draw” and explained that at the time, when plans were drawn by hand,
architects reflected on a problem to finally document the
content in the appropriate resolution.
Of course, modern digital tools offer a lot more advantages compared to pen and paper documentation. The
CNC cutting machines in the timber production line are
driven by digital information that is produced in the
planning process. The effectiveness of the production
method is part of the success of timber construction.
Thus for timber manufacturers 3D planning is a common
standard based on different CAD/CAM solutions (e.g.
SEMA, Dittrichs, cadwork, hsbcad) Figure 4.
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2.1 CASE STUDY: EUREGON AG, AUGSBURG

Figure 4: Example of a parametric timber production design,
(Gumpp & Maier GmbH)

The evaluation of leanWOOD projects [8] reveals that
architects and engineers most commonly work on a 2D
platform due to a simpler and faster documentation outcome. In the design stage and execution planning conducted by architects and engineers, the 3D timber production plan could be a valuable support to check details
as all structural parts are fully documented and visualized.
The leanWOOD experts came to the conclusion [4], that
overcoming these difficulties offers a wide range of
potentials that will eventually enhance collaboration:
POTENTIALS
Common planning standards advance coordination and planning efforts with a positive
effect on market share of timber construction
Collaborative planning method to enhance
effectiveness of planner teams with meetings
around a table
Timber construction sector has good precondition to work on BIM standards due to a wide
spread use of 3D tools in production planning
Education on specification and complexity of
timber construction
“First think, then draw” to reduce plan information to the necessary amount
Develop respect and understanding for members of the design team

A, E, TM
A, E, TM
A, E
A, E
A, E
A,E

Table 3: potentials [4]
Abbreviations for planning partners used in the table: A (Architect), E (Structural engineer), TM (Timber manufacturer)

Figure 5: Headquarter euregon AG, Augsburg D
(Eckhart Matthäus Fotografie)

The leanWOOD case study euregon AG in Augsburg D,
a three story office building, is an example for a design
process with an early involvement of a timber manufacturer.
The project design, approval planning and technical
design was developed by Lattkearchitekten together with
structural engineers (bauart Konstruktions GmbH) and
building service engineers (Jetter Ingenieure und Service
GmbH). The timber manufacturer (Gumpp & Maier
GmbH) was contracted on a direct contract model after
offering the project on the basis of incomplete but well
advanced technical design documentation.
Project particularities
• It was a successful implementation of an innovative, complex, and high standard timber
building
• The architectural planning was carried out by
lattkearchitekten, a highly experienced office in
timber planning, and bauart konstruktions
GmbH, a leading engineering designer.
• Gumpp & Maier GmbH, an experienced timber
manufacturer with a large production workshop
was contracted for timber structure, windows,
roofing and metal works.
• It represents a good practice example, where
systematic problems can be identified, rather
than circumstantial difficulties.
To identify “waste” tasks in the workflow, the plans of
the architects were compared to the timber production
plans.
Gumpp & Maier GmbH executed the timber construction
planning on the basis of the architects plans and structural specifications of the engineers. The technical documentation of the architect consisted of 2D floor plans,
elevations, sections and a detail catalogue and was transferred in dxf format. The timber construction plan as
seen in Figure 6 was drawn by Gumpp & Maier into the
same dxf adding information on screws and joints.
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Although the partners had been cooperating in previous
projects there was no common documentation standard.
The conclusion for future projects is to agree on a definition of responsibilities, tasks and leaders from the beginning of the project. Furthermore it will be necessary to
develop standards for the content and layout of plans for
all stages. Special attention has to be paid to achieving
consistent data content of the plans in a way that partners
are working according to previous definitions (e.g. technical architects plan - timber construction plan).
2.2 IDENTIFICATION OF MAIN PLANNING
CONTENTS

Figure 6: Timber construction plan section detail (Gumpp &
Maier GmbH)

Related to the amount of total hours (1.446 hrs.) spent on
the preparation and management of the work of Gumpp
& Maier, 7% was spent for the redesign of details and
structural content (i.e. related to the position of sealing
tapes, façade studs and screws). 28% of the time was
spent on further design to adapt the content to specifications of production, material or mounting issues or add
structural details, which were defined by the engineers.
15% of the time was needed to develop the proper production design in SEMA [9].
Key issues of the outcome
• The design tasks of architecture, structure, fire,
installations were led by the architect. This effectively resulted in no need for coordination
from timber manufacturer with fire specialist
and installations.
• A considerable part of the planning coordination between the timber frame and the structural
designer and certification engineer was taken
over by the timber frame manufacturer, despite
the fact that they were not sub-contracted by the
timber frame manufacturer. This leads to problems in responding times and communication.
• The structural re-design and timber frame redetailing due to the off-site manufacturing requirements was carried out in a non-contractual
relation
• The coordination and detailing for the certification engineer was also done through a noncontractual relation by the timber manufacturer
• The timber planning coordination with the
structural + certification engineer was done after the reward of contract, therefore after design
freeze – in a significant time constrain.
• The control of the timber construction plans and
the approval by the client was done by the architect.
• The coordination of all planning partners was
done by the architect with a reasonable amount
of time effort.

leanWOOD has identified key issues, that enable partners to continuously develop their task in the different
design stages on a timber construction:
Predesign / Design stage (scale 1:500-1:100)
• Provision of sketch plans (floor, section) [A]
• Concept design and decision of materials [A]
• Clarification of legal boundaries [A]
• Definition of energy standards [A]
• Structural concept [A]
• Rough dimension of structural elements [EN]
• HVAC concept [HEN]
• System boundaries structure / HVAC [A, HEN]
• Space definition [A]
• Clarification of fire safety requirements [A, EN]
Execution planning (scale 1:100-1:50)
• Clarification of basic definitions [A]
• Definition of materials and surfaces [A]
• Definition of timber elements [A, TM]
• Structural plan and calculation [EN]
• Detail of load bearing structure [EN]
• Definition of system boundaries [A, EN, HEN]
• Concept of prefabricated elements (size) [TM]
• Concept for logistics on-site [TM]
• Definition of routes and throughlets [HEN]
• Fire safety concept ready for approval [A, EN]
• Clarification of building physical requirements
[A, EN]
Technical design (scale 1:20-1:5)
• Detailed plans with all specifications [A]
• Structural plans ready [EN]
• Cost plan approved by client
• Construction details according to certification
[TM]
Production planning (scale 1:1)
• Provide CNC information for digital cutting
machine [TM]

3 SOLUTION APPROACH
Understanding design or planning as an iterative decision making process at different stages of a project:
predesign – design – approval planning – execution
planning. Starting from an initial idea and concept phase
the architectural design stage is characterized by a con-
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stant development of space and structure with reconciliation of contents affecting different projects levels such as
construction, building services, fire safety, building
physics etc. The level of detail contributed to the planning process depends on the required specific information in the project stages.

Adapting qualification of members in design
team
Handing over early design of architects / engineers to production planner / timber manufacturer to result in lean process.
Enhancing leadership in design teams to successfully coordinate project planning

TM
A; TM
A, E

Table 4: Improvement [4]
Abbreviations for planning partners used in the table: A (Architect), E (Structural engineer), TM (Timber manufacturer)

3.1 RECOMMENDATIONS
The focus is on the organization and management of
specific tasks, responsibilities and knowledge of expert
planners in timber construction. Based on leanWOOD
findings following recommendations are proposed to
support the performance of design teams in addition to
common coordination and planner methods:

Figure 7: Project stages

leanWOOD offers a suggestion to advance timber construction by enhancing a cooperative planning culture in
a design team with architects, engineers, timber manufacturers and other experts based on lean design and
production principles taking into consideration integrated technologies. Hence, a much broader experience and
knowhow in design and decision making is simultaneously available at the design stage of the project.
Overlapping the workflow of architects, engineers and
timber construction planers to streamline the common
work in-between design stage of architects and engineers
and production planning of manufacturers offers the
opportunity to streamline workloads, minimize waste of
time and avoid negative design iterations (Figure 7).
Depending on different collaboration models the contracting of production specialist in an early stage is depending on procurement regulations. For a better understanding of possible models see WCTE 2016 paper of
Geier/Huß [10].
In an internal workshop with experts from the construction sector [4] leanWOOD has identified issues that
could improve the performance of a design team:
IMPROVEMENT
Definition of a standard for a “slim” planning
and tender description to enable concurrent
offers with flexibility to consider technical
proposals of timber manufacturers
Shifting task division: timber construction
engineers conduct production planning and
timber manufacturers concentrate on efficient
production
Direct contracting model on the basis of references supports planning process
Timber construction engineer according to
standard in Switzerland facilitates planning
process with special know-how
Advancing timber construction competence of
HVAC planners

A

Responsibilities / Leadership
Leadership should be a role played by the architect or
a project coordinator to facilitate the decision-making
process. A clear definition of the role of each team
member in the project based on competences and
contractual obligations is a necessary prerequisite for
collaboration based on reliability in the workflow.
Competence
Ensure that sufficient competence is available in the
design stage, although “actor” and “competence”
must not be the same person to enhance a broader
understanding of the project. For example the
knowledge of production and mounting can be provided by a timber manufacturer or a timber engineer
or architect.
Synchronisation of design teams
Ensure that planners from different organisations or
companies work on the same solution at the same
time. Lean communication builds on knowledge that
needs to be shared in constant dialogue. Work in a
collaborative design group in the same room on the
solution of issues. Suggestion of intervals when
group meets to discuss and further develop issues.
Use white board, sketch paper or computer aided design tools and document design steps.

TM

TM
E
A, E

Figure 7: Working in design team
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Design freeze
Planning in iterative circles to develop and compare
solutions. At a stage when the design has reached
sufficient maturity, the client together with the design
team should agree on a finalized document before
starting the next stage.
Precise timeline
A completed technical design phase with all details
and execution plans enables the project management
to develop a precise execution timeline with respect
of time slots for:
• production planning and approval
• ordering of materials and components
• cutting and production
• logistics and on-site mounting

4

WHO DOES WHAT WHEN?

A clear identification of tasks, allocation of work and
competences needed in decision-making in the different
stages is necessary to enhance the performance of the
design team independent from contractual obligations.
leanWOOD approaches the situation by mapping all
specifications of basic requirements and materials of a
built structure to facilitate collaborative design to define
who does what and when. The idea is to tackle the complexity of timber construction planning by following the
procedure of “define-delegate-control”, thus all planners
have an overview of the correlation of details and their
attached information as well as who is in charge of main
tasks.
This predefined map of all necessary contents and specifications of execution plans and technical documentation
(i.e. technical design) should advance the workflow of

22 Element

Massive timber wall

3
4
5
6
7
8
9
10

CEILLING
WINDOW / DOOR
ROOF
PILAR / BEAM
HVAC
STAIR
BALCONY
INTERIOR

Building part
Building part
Building part
Building part
Building part
Building part
Building part
Building part

x
x
x
x
x
x

x

x

x

x

Dimension (lxbxh) + Axis + Openings
Measures + Axis + Section line + Level quota
Distance + Axis
Material + Dimension + Conectors (Pin, Screw etc.)
Material + Dimension + Conectors (Pin, Screw etc.)
Material + Dimension + Conectors (Pin, Screw etc.)
Typ + Dimension + Distance + Approval
Typ + Dimension + Distance + Approval
Typ + Dimension + Distance + Approval

x
x
o
o
o
o

o

x
x
x
x
x
x
x

HVAC engineer

x
x
x
x
x
x
x
x
x

No
Timber manufacturer

x
x
x
x
x
x
x
x
x

Structural engineer

x
x
x
x
x
x
x
x
x

Responsible

Architect

FOUNDATION
WALL
Basic Requirements
Stud wall
Construktion
Stud grid
Stud
Sill
Plate
Screws
Joints and fastenings
Steel parts
Planking
Insulation
Sealing
Installation inside
Cladding outside
Openings / througlets

Specification

Electro engineer

Building part
Building part
Requirements
Element
Part
Componente
Componente
Componente
Componente
Componente
Componente
Componente
Part
Part
Part
Part
Part
Part

Plan

description

Building part

section

1
2
20
21
211
2111
2112
2113
2114
2115
2116
2117
212
213
214
215
216
217

Level

3D*

OZ

floor plan

Complete project documentation
Have complete project documentation ready with all
decisions made taking into account:
• Dimension and place of load bearing structure, parts
and elements
• Size and place of building services
• Solution of fire safety requirements for construction
parts and elements
• Solution of building physics issues
• Description of all requirements concerning construction, building services and performance

the design team if it is actively used in guidance to the
planning process.

elevation

Level of detail
Define the level of detail appropriate to the maturity
of each design stage. To simplify the amount of information leads to a better understanding of the project complexity and supports appropriate development of details from concept stage to the execution
design.
For example early definitions of common building
element dimensions should be based on real dimensions of all components. (e.g. multi layers of timber
frame wall expressed with outlines only). Develop
plan according to a suitable level of detail.

o
o
o
o
o
o
o

Dimension (lxbxh) + Lage

Legende
x responsible planner
o support

Dimension (lxbxh) + Achsen + Öffnungen

x

Plan content
Execution plan architect
Execution plan structural engineer
Execution plan HVAC engineer
Execution plan electro engineer
Timber production plan

* parametric planning

Figure 8: Checklist to support management of design teams
(Lattke)

The map completely defines specification of documented
construction elements, their representation in the plan,
responsibilities of the actors and the way the information
is communicated. It is understood as a supporting guidance in design, especially in the execution planning stage
to streamline decision making and to be able to develop
a coherent project documentation and set of drawings.
Depending on the size and complexity of a project as
well as the constitution of the design team, responsibilities and tasks may be adapted to the available competences.
The information management according to the necessary
level of detail is structured along an arrangement system
following the hierarchy of a building structure [level]
and is broken down into building parts, components and
elements to identify every single property specification
necessary for its execution:
OZ

level

1 Building Part
2 Building Part
3 Building Part
4 Building Part
5 Building Part
6 Building Part
7 Building Part
8 Building Part
9 Building Part
10 Building Part

building part

FOUNDATION
WALL
CEILING
WINDOW / GLAZING / FACADE
ROOF
POST / BEAM
BUILDING SERVICES
STAIR
BALCONY
INTERIOR

Figure 9: Hierarchy of building structure (Lattke)
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The information is allocated to the type of document in
which it is represented [plan]:
• floor plan
• section
• elevation
• 3D (parametric design for factory assembly)
• text documentation

x

x

x

x

x

x

x

x

x
x

x
x

x
x

x

description

x

health &safety coordinator

o

building physician

o

fire safety specialist

o
o
x

production planer

o
o
o

electro engineer

responsible
x
x
x
x
x
x

HVAC engineer

TIMBER FRAME WALL
construction
planking (frame)
insulation
sealing (airtightness)
interior cladding and installation gap
outer cladding
opening / recesses

x
x

structural engineer

21 Element
211 Part
212 Part
213 Part
214 Part
215 Part
216 Part
217 Part

x
x

A colour code identifies the relation between the task
and the representative document of each actor.

architect

FOUNDATION
WALL
Basic requirements
fire protection
noise protection
building physics
Wood protection
mounting information
transport instruction
element size

3D*

1 Building Part
2 Building Part
20 Requirements
201
202
203
204
205
206
207

document type

elevation

building part

section

level

floor plan

OZ

The actors are identified by specific responsibilities,
tasks and interface between each other:
• architect
• structural engineers
• HVAC engineer
• electric engineer
• timber manufacturer
• fire safety specialist
• building physics specialist

Figure 10: Building parts and document type (Lattke)

The building parts are specified by basic requirements
[specification]:
• fire protection
• noise protection
• building physics
• wood protection
• mounting information
• transport instruction
• element size
The building parts are broken down into construction
elements and their components and described by properties such as:
• building materials
• text
• specific properties
• type
• exposure classification
• treatment
• construction
• fixation point (lifting device, scaffold, safety
nets etc.)
• dimension
• axis
• direction of section
• spot height
• density
• distance
• approval

o
o
o

x
x
x

Figure 11: Responsibilities and representative document
(Lattke)

Interface key of actors and their roles:
x
main responsible planner
o
contribution
The utility of the map is based on the assumption that
timber planning competence is represented in the design
team at the execution planning stage at latest. Restricted
by different legal frameworks, it is depending on the
contract specification at which stage the competence of a
timber manufacturer is brought into the team. The map
nevertheless documents the necessity of available
knowledge in timber production, transportation and site
logistics in the execution planning stage.

5 CONCLUSION
Quality
The work of design teams is a constant decision making
process, that is documented in drawings, tables and text.
A complete set of project documentation at the interface
of design to production is a key to project success.
The traditional way of accompanying planning in the
construction stage causes conflicts and is one of the main
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drivers of increased cost, longer schedules and higher
risks of construction defects [11].

Figure 11: Accompanying planning vs. design to production
(Lattke)

The current planning practice of the timber construction
sector based on the extensive and precise documentation
of production plans prior to cutting and assembly is an
outstanding feature and a unique selling point in the
construction business. Enhancing the performance of
design teams by overlapping the competences and planning stages of all actors along the workflow chain, will
present a significant solution to the current problems and
contradictions of construction projects as well as an
important contribution to the development of BIM.
Sufficient planning slot
The planning needs to be understood as a thorough decision-making process with reliable definitions of the
project goals, cost and schedule if it is completed. This
should be in the main interest of every client. Thus the
early integration of all competences and actors to deliver
a completed planning process at the beginning of the
project leads to better control of cost and schedule evolution of the project. Functional and technical solutions
can be fully developed in the design phase and thus optimized in alliance with the project premises to a much
lower amount of costs compared to the later execution
stages.

Figure 12: Dependency of allocated time and cost in the planning (TUM)

A thorough preplanning and design phase is necessary to
fully comprehend the scope of a project, elaborate on the
goals and set targets with respect to architecture, technical requirements (e.g. structure, building services,
building physics etc.), budget and schedule. The design
phase offers freedom to develop complete solutions and
test different options to best match set requirements. [12]

Owners and clients are well advised to contract a team
with a suitable knowledge background according to the
task of the project and provide sufficient time and resources for decision-making in the design process. Full
collaboration through information sharing at the beginning of a project will most likely deliver the expected
outcome: fast, efficient, effective, and cost bound buildings [13].
Detailed drawings exemplify the content and description
of specific information management leading to answer
the question “who does what and when…?” An optimized planning process in timber construction according
to the recommendations of leanWOOD will significantly
improve team performance and delivers an important
contribution to the current development of BIM processes.
Missing standards
Project success on-site depends on the preparation of the
work off-site. The more planning, production and scheduling is complete the sounder work on-site can be conducted. “The guys on-site just want to work with their
hands.” Production planning is a complex task and challenges well educated craftsmen and specialists with a
bright understanding for the requirements of production
and on-site work as well as the collaboration with demanding clients and architects.
The authors see a potential in a definition of contents and
documentation guidelines for timber production planning
to set up a common standard, which would provide a
reference to support collaboration of design teams with
respect to the partner’s background (e.g. high level engineers, architects, timber manufacturers).
Understanding lean
Lean production methods were first developed by Japanese automotive industries in order to keep up with the
global development of the business. leanWOOD is learning from forerunners. Understanding the adaption of lean
principles and the optimization of existing procedures is
a strategy to further develop timber construction by following principles:
 Collaborate in a team of competences
 Handle complexity of timber construction projects
including CNC production
 Improve planning process
 Avoid negative iterations and redesign
 Enhance execution quality
 Enable more cost efficient production
The paper reflects the current stage of work in the
leanWOOD project which will be continued until May
2017. The authors are open to feedback and comments in
order to improve the ongoing work and deliver results of
interest for the whole timber construction chain.
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www.dataholz.com - UP-TO-DATE ONLINE PLANNING TOOL FOR
TIMBER CONSTRUCTIONS
Bettina Plößnig-Weigel, Sylvia Polleres
ABSTRACT: dataholz.com is a web-based tool for planning and assessing timber-based buildings and providing
support and help to the user on technical issues and building physics. The tool provides information for planners of
timber buildings from early design decisions to finding the optimal solution for construction, building physics and
behaviour concerning energy demand of timber constructions. The main asset of dataholz.com is a catalogue of
reviewed timber building components such as walls, floors and roofs, where thermal, acoustic, fire performance and
ecological parameters are stated. All these specified performance levels were determined either by testing, calculation
or by means of an assessment done by accredited testing institutes. The information is provided in terms of
downloadable and printable PDF files and is accepted for submission to building authorities as a confirmation of
compliance. dataholz.com is a unique comprehensive database of timber knowledge with acceptance by authorities in
Europe.
KEYWORDS: dataholz.com, building authority, online platform, timber components, building materials, building
physics characteristics, timber connections

1 INTRODUCTION 123
The verified interactive and non-proprietary catalogue
dataholz.com [1] provides construction details in
addition to information covering thermal, acoustic, fire
as well as ecological performance levels of building
materials, building components and connections/joints.
The web-based database allows users to access required
information 24/7. At the moment approximately 1900
datasheets of constructions and 126 construction details
for connections are available on dataholz.com alongside
with detailed information on numerousness wood and
wood-based composites materials. The platform is a very
user-friendly and efficient information system and
facilitates access for architects and planners to easily
obtain significant information on timber products,
components and timber construction. The use of the
catalogue is free of charge and the information is
updated regularly. The ambitious goal of the up-to-date
and web-based planning tool, dataholz.com, has been
reached by the cooperation of six accredited Austrian
testing and research institutes led by Holzforschung
Austria [2]. All testing and assessment of performance
levels quoted in dataholz.com were carried out by
accredited testing institutes [8-12]. In order to make
dataholz.com available to an international community
the online catalogue is, in addition to German, also
available in English, Spanish and Italian. Due to
Bettina Plößnig-Weigel, Holzforschung Austria, Vienna,
b.ploessnig-weigel@holzforschung.at
Sylvia Polleres, Holzforschung Austria, Vienna,
s.polleres@holzforschung.at

international cooperation (University of Trento [5], BRE
Watford [6], IETcc Madrid [7], etc.) dataholz.com is
highly accepted as an indispensable international webbased tool. The platform was developed by
Holzforschung Austria, commissioned by the
Association of the Austrian Wood Industries, sectorgroup construction (“Fachverband der Holzindustrie
Österreichs”) [3] and marketed by proHolz Austria [4].

2 TOOL DEVELOPMENT
The beginning of dataholz.com took place in 2000. At
that time no reliable resource for up-to-date and modern
timber constructions and dependable data on
construction materials were available. Furthermore,
professionals were frequently required to submit proof of
compliance to building authorities in order to confirm
that the chosen construction materials, building
components (walls, floors, roofs) and their performance
meets the building regulations, which were also
becoming more restrictive and severe. The uncertainty of
the use of timber constructions among the building
authority as well as among planners and architects was
predominant. This rather unsatisfactory situation was
also remarked by the wood industry. From monitoring
various timber companies over a long period
Holzforschung Austria has a lot of experience, and thus
was able to assess which timber construction
components are needed, which were actually built and
which have proven to be worth in practice. In the course
of a three year research project, Holzforschung Austria
developed a catalogue of building materials, components
and component connections with the support of timber
construction professionals. Therein, the elements were
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systematized in different multi-level categories and in
descriptions of their physical properties using datasheets.
Due to the fact that the catalogue became very extensive
so that an interactive search became necessary and the
fact that the capability of an easy access by the users
(planners, architects, authorities, current suppliers, etc.)
was required, an online catalogue was considered and
implemented. For this purpose a feasibility study was
elaborated in order to analyze the practicability of the
web-based catalogue in terms of technical aspects,
interaction design and user interface.
2.1 FEASIBILITY STUDY
In a feasibility study the interaction design (prototype),
the technical implementation (technology concept), the
cost-effectiveness and the rollout of a web-based tool
(implementation plan) was examined.
2.1.1 Prototype
Analyses have shown that the web-based catalogue
could be realized in terms of a self-explanatory end-user
system. By a suitable combination of guided navigation
and search parameters limitation, a desired datasheet or
an appropriate selection of datasheets can be found
within a maximum of only four interaction steps.
2.1.2 Technology concept
The data should be stored in a relational database
management system. Both the access for data acquisition
as well as the access to the datasheet query should be
achieved with a web browser. The presentation of the
datasheets in the database can be made at different
depths. This results in different possibilities for the
exploitation of the contents but also in different degrees
of complexity in the technical implementation. The
system basically consists of two internet-based
programs, firstly an administration program for
configuration of the system and for recording of the files
and secondly a publication system, which is the actual
catalogue and allows querying the datasheets by the user.
2.1.3 Implementation plan
The implementation concept was planned to be carried
out in three phases. In the first project-quarter a rapid
availability of the administrator program was targeted,
thus, the primary data collection could be done directly
including the project partners (testing laboratories, etc.).
In the second project-quarter the technical
implementation of the component catalogue was
prepared. The design of the catalogue was developed and
implemented. Finally, in the third project-quarter the
web-system was realized.
2.2 INTERNATIONAL COOPERATION
Initiated by Holzforschung Austria, several workshops
and working groups were carried out together with the
partners (several testing institutes, international
universities, Association of the Austrian Wood
Industries, proHolz Austria). The cooperation with
international universities and the preparation of the
catalogue for an international community as well as

providing it in other languages (English, Spanish and
Italian) in addition to German was important from the
very beginning of the developing process.
2.3 METHODOLOGY
The requirement for the component catalogue was to
create a clear and user-friendly system, a reliable
resource for modern timber constructions including
reliable data on construction materials and component
connections. Crucial for construction professionals was a
proof of compliance to building authorities in order to
confirm that the chosen construction materials, building
components and their performance meet the building
regulations and comply with European standards.
2.3.1 User benefit
The feasibility study showed that the component
catalogue could be realized in an interactive format using
a user-friendly navigation interface. A web-based
database provides the end-user with the following
advantages compared to a printing version.
 Focusing: The user may be limited to the crucial data
for the particular application.
 Actuality: The catalogue is updated immediately
after each editorial revision. It can be build-on and
expanded incrementally. Therefore, the data is faster
available to the end-users.
 Completeness: Search for design features and
physical parameters return all relevant elements.
 Rapidity: Due to optimized navigation and targeted
restriction options, the user can quickly access the
desired results.
 Availability: The catalogue can be viewed from any
Internet-connected computer. The end-user (e.g.
architect) for instance can access dataholz.com at
customer visits (e.g. house-builder).
 Usability: The data of the catalogue are available in
electronic form and can be easily copied or
incorporated into other documents.
 Know-how: By the easy, interactive access, endusers can experiment with settings and parameters
and analyze its results. Thus, allowing the user to
learn the design features and their occurrences,
physical parameters and their value range. Moreover,
this didactic aspect is particularly important for
educational institutions and young professionals.
2.3.2 Technical standard
To make the website accessible to as many users as
possible, standard software solutions were used (current
web browser such as Microsoft® Internet Explorer®,
Mozilla® Firefox®, etc.) and Adobe® Acrobat® Reader®
to view PDF documents.
The technology for the public sector dataholz.com is
based on the HTML standard. This technology is
standard on all current Internet browsers. The page has
been created without frame technology, therefore, it is
possible to move directly to each individual page whilst
the navigation remains on each page. To ensure easy
access to the website and also to make basic information
easily accessible, no technology that requires special
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plug-ins has been used. Only the last page in each area the actual datasheet - is a PDF file (Portable Document
Format) - for presentation Adobe® Acrobat® Reader® is
required. Also the editing of the internal passwordprotected area admin.dataholz.com is distributed by an
internet-based system. For entries and representation a
conventional web browser is needed. To get a correct
function and representation in the admin area, it is
recommended to use the most recent version of
Microsoft® Explorer® which is currently version 11.
2.3.3 Navigation structure/Interaction design
From an end-user perspective, the challenge in realizing
dataholz.com is the very different structure of the
different areas of the catalogue. For instance the area
“building materials” is structured in two to three
hierarchical levels, whereas the area “components” can
be structured in a hierarchy comprising up to five levels.
Therefore, navigation must be optimized by various
means for the individual situation. For smaller selections
of options, the elements can be listed directly available
to the user for direct selection. Custom configuration and
restriction processes serve to ensure a closer description
and narrowing of the desired component. A databasedriven search delivers a manageable number of
possibilities for the user.

3 CONTENT
3.1 STRUCTURE
A suitable device (personal computer, tablet or
smartphone), a standard web browser and a proper
Internet connection are required to use the web-based
tool dataholz.com. After entering the URL dataholz.com
the website can be accessed and the welcome page
(Figure 1) appears. The welcome page of dataholz.com
is arranged and structured in the three major categories:
building materials (1), components (2) and component
joints (3). The overview of the categories, the sub-items
and general information are clearly structured and the
scope of dataholz.com can be determined immediately.
Navigation is evident and the language can be changed
easily with only one click. The flat hierarchy is very
user-friendly due to the fact that the desired information
is only few steps away depending on the category. The
information contained within these categories is
connected and therefore the user can change easily
between materials, components and joints.
The published information is - in coordination with the
partners - selected and examined by Holzforschung
Austria. The data is entered by editors of Holzforschung
Austria and regularly updated depending on
requirements such as new standard specifications or
regulatory changes.

(1)

(2)

(3)

Figure 1: Welcome page of dataholz.com; Retrieved April 22,
2016

3.2 BUILDING MATERIALS
The information of this category allows the user to have
a direct comparison between the different building
materials and systems and is useful resources throughout
the planning and detailed construction process. The
building materials are divided into subcategories such as
wood and wood-based materials (4) and other building
materials (5) (Figure 2). The wood and wood-based
materials include detailed information about beams,
columns, lintels, particle and fibre composites,
laminates, planed wood and wood flooring/parquet.
Other materials include detailed information about
insulation, lining materials, foils, barriers, membranes
and façade solutions.

(4)
(5)

Figure 2: Building materials, first sub-site “beams, columns,
lintels”, dataholz.com; Retrieved April 22, 2016

3.2.1 Methodology
This category is structured in up to three hierarchical
levels and in order to provide a good overview,
navigation remains on each page. The first sub-site
contains the different products of the chosen class for
instance the product “strength graded structural timber”
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in the category “beams, columns, lintels”. At this stage
the different products of the chosen category are clearly
listed and shown with its name and images, in order to
rapidly locate and identify the required data (Figure 2).
Clicking on images or headings lead to a brief
description and the details of sustainability of the
selected material are shown (Figure 3). The brief
description gives short and precise information about the
product for instance the application area, strength
grading classes, types of wood, durability, relations to
European standards or CE marking.
Additionally ecological parameters of the material such
as the OI3 index, GWP (global warming potential), AP
(acidification potential), PEI ne (primary energy nonrenewable), PEI e (primary energy renewable), EP
(eutrophication) and POCP (photo oxidants) are quoted.

from the standard EN ISO 10456 and the particular
harmonized European specification, respectively.
 Fire performance in terms of the classes of reaction
to fire performance is quoted according to the
decisions of the European Commission. The charring
rates are taken from EN 1995-1-2.
 Sustainability rating of wood and wood-basedmaterials are calculated by means of the software
ECOSOFT. This database was developed by the
Austrian Institute for Healthy and Ecological
Building (IBO) [11].
 Other representing additional characteristics of the
material.

(6)

Figure 3: Building materials, category “beams, columns,
lintels”, strength graded structural timber - brief information
with stated ecological parameters, dataholz.com; Retrieved
April 22, 2016

3.2.2 Datasheets
A detailed datasheet of the selected material can be
downloaded immediately by clicking on the PDF "Data
sheet" (6) (Figure 3 and 4). The provided printable PDF
file comprises important detailed information on
technical references, range of application, typical
dimensions, mechanical and physical properties, fire
performance, etc. Moreover, the datasheets also includes
the following information:
 General description: therein, a short description of
the manufacturing processes, types of wood,
durability and possible applications of the products
are listed.
 Technical references such as harmonized European
specifications, ÖNORM EN, Austrian technical
approvals, European Technical Assessments (ETA)
approvals or national standards issued in other
countries (e.g. UK), etc. are quoted.
 Intended use of products and systems.
 Commonly used dimensions which are taken from
approvals or technical product information.
 Mechanical properties, such as e.g. strength values
for materials, are given in tabulated form.
 Physical properties such as the values for the thermal
conductivity λ and the heat capacity c are quoted

Figure: 4 Excerpt of the datasheet “strength graded structural
timber”, dataholz.com, Retrieved April 22, 2016
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3.2.3 Listing of companies
Basically there is no “traditional advertising” on
dataholz.com. Prerequisite for a company entry in the
building material section of dataholz.com is that the
product fulfills the particular standard conformity along
with the requirements and in most cases a declaration of
performance (DoP) according to the Construction
Products Regulation (CPR) is requested. A proof, such
as a certificate, inspection reports, test reports, etc. of an
accredited testing institute, has to be submitted.
Furthermore, additional information about the product
can be listed, such as an environmental product
declarations (EPD) or further technical specifications.
Once compliance is assured, the material can be added to
the respective building material under the heading
“manufacturer according to respective standard”. In
addition, a link is added to the listing which allows the
users to go directly to the product or website of the
company. Frequent maintenance and continuous
updating of dataholz.com ensures that a high quality
level of information is maintained. Therefore, the
relevant evidence and the data have to be submitted
every six months or at least once per year. Companies
are required to pay a fee for incorporation into the
database in order to support the quality assurance of the
information as well as its maintenance. An overview of
the annual fees is given on the dataholz.com website.
3.3 COMPONENTS
The category which is denoted as components - wall,
floor and roof - (Figure 5) is the key asset of the
platform. At this time approximately 1900 different
datasheets for constructions are available on
dataholz.com. The published information is selected and
examined by Holzforschung Austria in coordination with
construction professionals such as planners, architects
and building authorities.
3.3.1 Methodology
The components are subdivided into nine different
structural components (classes) in terms of the
application area, such as external, internal or
compartment walls, interior or compartment floors or
floors towards attic, flat or pitched roofs, respectively.
These classes are further sub-divided into 42 basic
design types (e.g. external wall with or without
ventilation, external wall with or without dry-lining,
external wall with cladding or rendering, etc.).
Variations of those basic types can be created by
modifying for example the thickness or the type of
insulation material.

Figure 7: Data mask “external wall” dataholz.com; Retrieved
April 22, 2016

(7)

Figure 5: Welcome page, Search component ID, dataholz.com;
Retrieved April 22, 2016

The search procedure is self-explanatory. Search options
are either entering a component ID (Figure 5) or using
the data mask (Figure 7) of the pre-selected componentclass. If the component ID (building component
designation code, e.g. awmhhi01a) is known (previous
projects, tenders, etc.) it is the fastest and easiest way to
use the “component ID search” (7) on the welcome page
of the website. The unique ID is generated by certain
criteria depending on the component class, construction
type, construction design, façade, etc. (Figure 6).

Figure 6: Construction component denotation (nomenclature)
on dataholz.com; Retrieved April 22, 2016

The other possibility to find suitable components is the
use of the data mask (search mask), which can be found
in each component class on the first class subpage. After
entering the attributes and boundary parameters into
corresponding data masks (Figure 7), the system
proposes solutions that are highly optimized in an
iterative query process. The results are given with
relevant performance data (e.g. type of construction,
ventilation, fire protection performance, acoustic
performance, sustainability) and are provided as PDF
files for downloading and printing or for further
electronic evaluation.
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In order to search a component in the system the
following options are available:
 Type of construction and/or
 Performance characteristics
In the search field “type of construction” details on the
construction component can be specified, such as timber
frame construction or solid wood construction, with or
without dry lining, with ventilation or not and the type of
façade (cladding or rendering). In the search field
“performance characteristics” requirements on the
component can be specified, such as the fire
performance (REI 30/45/60/90), the acoustic performance (Rw and Ln,w) and the thermal performance (e.g. U
> 0,20 W/m²K). It is possible to define all data or only
some parameters to get a higher hit rate.

After checking the parameters and incorporating the
requirements a HTML overview of the chosen variation
can be examined and/or the PDF can be downloaded on
the right side of the selected variation (Figure 9). The
published information will be reviewed and evaluated on
a regular basis to ensure that the data provided on
dataholz.com is up-to-date and correct.
3.3.2 Datasheets
Besides particular information of the component
(drawings 2D, 3D, building materials, thicknesses, etc.),
performance data of building physics according to
European Standards and comparable sustainability data
(selected ecological drivers) are shown in the datasheet
(see Figure 10). Furthermore, a precise designation code
(component ID), the last update information, the source
and the editor are stated on each datasheet. For each
building component and its variations, the performance
parameters in terms of thermal, acoustic, fire and
ecological drivers are provided. Each component
variation can be downloaded in PDF format and might
be suitable for submission to building authorities to
demonstrate compliance. All these quoted performance
levels have been determined either by testing, by
calculations or were assessed by accredited testing
institutes [8-12].

Figure 8: Results of components “external wall” after entering
the attributes and boundary parameters; dataholz.com;
Retrieved April 22, 2016

The next step is to choose an applicable component by
clicking on the selected cross-section and a new window
appears (Figure 9). Therein, the variation of the
component can be chosen, such as the thicknesses of the
solid construction timber, the insulation materials, with
or without panelling, etc.

Figure 9: Detailed view of the chosen component and its
variations, dataholz.com, Retrieved April 22, 2016

Figure 10: PDF datasheet of the component awropo07a-00 external wall; dataholz.com; Retrieved April 22, 2016

The datasheets show up-to-date information because
they are regenerated after each online query.
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The datasheets comprise the following information:
 Building component designation code (unique ID)
 Depiction in 3D
 2D-view (with legend)
 Detailed listing of the used building materials
 Evaluation of parameters: thermal, acoustic and fire
performance as well as ecological drivers:
_Fire performance - fire resistance class REI
according to EN 13501-2
_Thermal performance - thermal transmittance U
[W/m²K] according to ÖNORM B 8110-6 and/or EN
ISO 6946; water vapour diffusion according to
ÖNORM B 8110-2; equivalent energy storage mass
per unit area mw,B,A [kg/m²] according to ÖNORM B
8110-3
_Acoustic performance - weighted sound reduction
index Rw [dB] according to EN ISO 140-1 and/or EN
ISO 717-1; weighted normalised impact sound
pressure Level Ln,w [dB] according to EN ISO 140-6
and/or EN ISO 717-2
 Detailed information on the evaluation of ecological
drivers:
_Global Warming Potential (GWP)
_Acidification potential (AP)
_Consumption of renewable and non-renewable
energy (PEI e, PEI ne)
_Formation of Photo oxidants (POCP)
_Eutrophication (EP)
_Ecological index OI3Kon calculated
3.4 COMPONENT CONNECTIONS
In addition to building materials and components
dataholz.com provides 126 datasheets for component
connections such as wall-, floor- and roof-connections,
windows and doors joints, as well as balcony and wall
base joints. The category includes general construction
details for residential timber construction in order to
provide designers and builders with a practical and
technically comprehensive document for residential
timber constructions. The catalogue has been compiled
in reference to construction experience, research and
development of new system-oriented construction
methods. The construction details given in this catalogue
are to serve as a starting point for conceptual, initial as
well as detailed design and execution. Circumstances,
conditions and limitations specific to each project have
to be taken into consideration in the final design
solutions. The catalogue can serve as a practical basis in
the first stages of a construction project using timber
components. However, it cannot act as a substitute for a
knowledgeable designer and the technical expertise of an
experienced builder. It is necessary that the suitability of
a considered detail is verified by a qualified expert.
3.4.1 Methodology
The category component connection is structured in up
to three hierarchical levels and for the purpose of good
overview the main navigation remains on each page
(Figure 11). The connections are subdivided in five
major groups and sub classified in 16 classes, such as
external or internal wall junctions, pitched or flat roofs

joints, floor connections, floor above basement
junctions, wall base details, etc. Each class provides
further sub-classes in terms of the application area, such
as connections of external wall and flat or pitched roof,
internal wall and compartment floor, external wall and
wall base, etc.

Figure 11: Overview of component connections, timber frame
constructions and solid wood constructions of external walls,
first sub-site, dataholz.com; Retrieved April 22, 2016

By clicking on the selected cross-section (Figure 11)
further information such as the used building
components (from the category components) and the
thermal transmittance is presented (Figure 12). In the
next stage the datasheet of the chosen component
connection can be obtained. The connection component
data can again be downloaded in PDF format or printed.

Figure 12: Component connection, external wall and
compartment floor, second sub-site, dataholz.com; Retrieved
April 22, 2016

The information published on dataholz.com will be
reviewed and evaluated on a regular basis to ensure that
the provided data is current and correct.
3.4.2 Datasheets
Besides particular component information such as
drawings 2D, 3D, building materials, etc. further
connection related details of the joint are given in the
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datasheet. A unique designation code, the last update, the
source and the editor are again stated on the datasheet.

standards. Building authorities can access dataholz.com
via an exclusive gateway called “Behördenzugang”,
where a secured database containing all inspection
reports, e.g. classification reports of fire protection,
acoustic evaluation, etc., is accessible and verifiable,
respectively. Austrian as well as some European
authorities accept and depend on the data stored on
dataholz.com. This leads to savings in costs and time and
also helps reducing additional administrative work for
timber professionals. Currently a project for compliance
of building authorities in Germany is in process.

4 ACCESS
In recent months the platform had up to 145.000 hits per
month worldwide (approximately 1.700.000 per year)
with a data download of 14 GB/month. Around 230.000
users per year consult the website for research purpose.
The utilisation depth is very high - between 8 to 9 pages
per visit. Besides users from German speaking countries
(Austria 32%, Germany 14%) the platform is visited by
users from Italy and France (12%), Eastern European
countries (10%), United States (6%), Israel (6%), China
and Spain (2,5%) etc. Almost 80% of the users access
dataholz.com directly.

5 CONCLUSIONS/OUTLOOK

Figure 13: Excerpt of datasheet “connection of external wall
and compartment floor; dataholz.com; Retrieved April 22,
2016

3.5 ACCREDITED TESTING INSTITUTES
The aforementioned testing institutes [8-12] were
already involved at the beginning of the progress of
component selection. After the editorial staff of
Holzforschung Austria enters the general data of the
components (e.g. building components, thicknesses,
drawings, etc.) the project partners (test and research
institutes) proceed with filling in their audited, classified
or rated building physics values (e.g. fire-, thermal-,
acoustic performance, etc. according to European
Standards) in the entry mask in the backend area. Each
partner has an internal access to the system and enters
the appropriate tested data. The data source is reliably
and has a high testing security. If the standard is reissued
the data will be revised and updated. Some testing
reports such as the fire performance have a limited
validity. These reports have to be revised if applicable
and extended to another period.
3.6 BUILDING AUTHORITIES
In addition to the good reception dataholz.com enjoys
among professionals of the timber construction business
it is also widely accepted by the Austrian building
authorities. The information on the platform is constantly
reviewed, updated and edited according to corresponding

The digital catalogue of reviewed timber construction
solutions is unrivalled in the construction industry. The
catalogue enables, facilitates and promotes the use of
wood in construction. dataholz.com is continuously
expanded and updated according to European Standards
and has a high acceptance in the timber building sector.
Currently a technical and creative revision of the
platform is in progress. In the near future improved
search options and an adaption for the better use of
mobile devices will be incorporated.
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NEW OPPORTUNITIES FOR WOOD IN DIGITIZATION
AND IN THE INTERNET OF THINGS
Harald Professner1, Hubert Rhomberg2
ABSTRACT: Whether national or international, the current construction process – both in economic, environmental
and social terms - reached its limits. Worldwide there are no other industries which hold on to old traditions for so many
years, as the construction industry still does. The development - both sides of planning, as well as execution - of new
processes, new tools, new materials and new methods almost stands still. Wood as a renewable material will play an
important part in the future building industry. It allows to pre-fab big size modules in high quality and low weight,
which can especially be produced locally. This means less waste, less transports, local workmanship and high quality.
Each building based on wood is a carbon storage building and therefore good for our environment and health.
KEYWORDS: Bauen 4.0®, Internet of Things, 3rd revolution, BIM, LifeCycle Tower, hybrid slabs, tall buildings,
Illwerke Zentrum Montafon, prefabrication, carbon storage technology, less tech, dismantling, LCT, from the Ego to the
Lego Principle, education, Cree by Rhomberg

1 INTRODUCTION 12

project so that it is available and can be used and

Throughout the world we are experiencing a cultural,

developed by all. This affects all those involved –

ecological and economic process of change in which

tradesmen, engineers, architects, authorities, service

working and living can only be managed using

providers, contractors, customers and, above all, the

innovative technologies and ecological concepts. When

timber industry.

it comes to planning and designing change in the

component of any timber hybrid construction system,

human environment, architecture and the construction

and hence the most important building material in this

industry face a challenge. To just modernise existing

new world of construction.

Because timber is an essential

processes, for example by digitising the classical
construction process – what nowadays is often

2 Where we are now?

erroneously

(Building

The first issue is the fact that environmental pollution

Information Modelling) – is not sufficient. Rather, we

and consumption of resources has risen dramatically in

need a completely new approach to “construction” as

recent

we know it today. The objective is to create a digital

consumption of products and services. The provision of

platform for the collection of all relevant information

physical goods and services is always associated with

on building projects, statutory conditions, building

the consumption of natural resources such as renewable

materials, building components and stakeholders in the

and non-renewable raw materials, energy or water.

understood

to

be

BIM

decades

owing

to

the

production

and

Many of our current environmental problems – above
1
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Engineer, Cree GmbH, harald.professner@rhomberg.com
2

CEO, Civil Engineer, Cree GmbH,

hubert.rhomberg@rhomberg.com

all climate change – are the result of excessive
consumption of natural resources both in production
and consumer goods. For this reason, a move away
from the existing patterns of utilisation of natural
resources

towards

sustainable

development

is
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mandatory. The key focus of better environmental

materials. There is also the fact that the use of timber

management must be on a reduction in the total

means that other building materials – the production of

quantity of resources consumed, rather than a reduction

which would consume a greater amount of energy and

in individual pollutants.

3

create high CO2 emissions – can be replaced. The key
properties of timber are its good thermal insulation,

The global construction industry, with its conventional

high strength, longevity and fire resistance. Fire tests

construction methods, is responsible for 30 to 40% of

have shown that, at temperatures above 200° C, a

today's resource and energy consumption and 40% of

charcoal layer forms and insulates the layers of wood

4

the current volume of waste and CO 2 emissions. This

beneath; it follows that structural timber members are

makes it very clear that there is an urgent need for

at less risk of collapse than comparable steel members.

action, particularly in the building industry. Over the

This means that timber as a construction material meets

entire life-cycle of buildings – from the design and

the latest safety requirements. Another advantage is the

concept via construction, maintenance and use through

low specific weight, which means that, potentially, the

to the disposal stage – the aim must be to consume

total weight of a building can be reduced by up to 50%.

significantly less resources and to achieve a major

In the case of the LifeCycle Tower ONE – the first

reduction in CO2 emissions, while improving comfort,

building worldwide using the LCT system – the weight

functionality and security.

is one third less than that of a comparable reinforced
concrete building. Another important aspect is the fact

The Rhomberg Bau Group, based in Austria, has been

that timber is available on all continents and that its

focusing on this issue for over ten years and, as a first

local harvesting can be the basis for regional and

step, has created a construction system – the LCT

national independence in terms of the procurement of

(LifeCycle Tower) – which combines two essential

raw material, which has the effect of safeguarding the

components of a holistic construction style that makes

price of raw materials against increases. The IZM

efficient use of resources – timber construction and

client project is a good example: two thirds of the

system construction.

timber used in its construction was obtained from the
Vorarlberg and Montafon regions and the remaining

2.1 Why timber?

third from the neighbouring region in southern

Firstly, let us consider timber as a raw material for

Germany. This also means that transport routes are

construction: together with clay and natural stone,

shortened and the regional economy is strengthened

timber is one of mankind's oldest and most elementary

since the design of a building using the LCT system

building materials. As a raw material it has the

method can always be carried out by local architects,

advantage that it grows without consuming fossil fuel

local contractors can carry out the construction and the

and that it is absolutely ecological, natural and

components can be produced by local enterprises.

sustainable. Compared to other building materials such
as steel, brick or aluminium, the energy needed for

However, the most important argument in favour of

processing timber as a construction material is only a

timber as a material for the construction industry is that

fraction and the energy required for producing various

it absorbs CO2 in its growth process. Through the

timber products is very small compared to other

process of photosynthesis, the leaves of the tree use
water, carbon dioxide (CO 2) and light to form

3

BRIX report for Rhomberg GmbH on 23 December 2010

carbohydrates and oxygen, which is vital to the

4

UNEP SBCI Buildings and Climate Change, 2009, Page 5

survival

of

mankind.

The

tree

stores

these

carbohydrates and releases the oxygen back into the
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atmosphere. This carbon dioxide, which has been

construction method, it is possible for the first time to

removed from the atmosphere, is retained by timber

use timber as a loadbearing – and at the same time un-

throughout its lifecycle, thus reducing the substance

encapsulated element – in timber construction, and thus

that is considered the main cause of the greenhouse

to conserve additional resources. At the same time,

effect. Put another way: growing timber uses the

exposed wood surfaces in the interior of buildings can

process of photosynthesis to absorb carbon dioxide,

be experienced directly by the users and contribute to a

5

and the harvested timber stores it. Overall, timber

room climate that supports good health. 8

consists of 50% carbon; it therefore plays an important
role in maintaining a balanced climate as it stores CO 2.

2.2 Why system construction?

The storage potential of CO 2 in 1 m³ of wood is just

The LCT system used by Cree GmbH is a standardised

under 1 t of CO2; this means, for example, that in the

modular system with universal applicability. In contrast

IZM project with its 1,030 m³ of solid timber, over 944

to other timber construction projects, Cree is taking a

t of CO2 is stored. Last but not least, timber is a

top-down approach in which all components have been

resource-saving recyclable product, since it can be

designed such that they can be adapted to changes and

completely recycled at the end of its lifecycle without

regulations in the respective countries should the

negative impact on the CO 2 balance. On the one hand

concept be used in an international project. In addition,

timber can be fully recycled and, on the other hand,

the LCT system components can be manufactured by

even if it is burnt it will only release the amount of CO 2

local companies, thus providing opportunities for

PE

regional tradesmen and the timber industry. The

International carried out a study in parallel to the LCT

buildings created to date by Cree, the LCT ONE and

research project7, the results of which confirmed the

the IZM 9, are office buildings. In addition, the LCT

following: by using timber as a base material for the

system has been used for the upward extension of the

building using the LCT construction method, a total of

head office of Wagner GmbH in Nüziders and for an

9,493 t less CO2 equivalent is emitted than by a

office

comparable reinforced concrete building, taking into

Germany. However, the modular prefabricated timber

account the entire life-cycle including production,

construction system can also be used for hotels,

maintenance and disposal. That represents a 90%

restaurants, retail and educational buildings. With

improvement on the total CO 2 balance compared to

highly precise prefabrication methods, the various

conventional reinforced concrete high-rise buildings.

modules can be designed flexibly, and to suit a wide

This means the LCT construction system makes a

range of construction projects. Owing to the consistent

significant contribution to a radical improvement of the

high quality of the components, the fit can be reliably

energy efficiency in the construction sector and stores

assured. Another important advantage compared to

the absorbed CO2 for over 100 years. One of the

conventional construction methods is the time required

reasons for this is the fact that, with the LCT system

for construction, which is reduced by half. In the case

that the tree has absorbed during its growth.

6

and

apartment

building

in

Memmingen,

of the LCT ONE prototype it was possible to reduce
5

Kolb, J.: Systems in timber engineering: loadbearing

the construction time by a factor of 3. This is of benefit

structures and component layers, p. 17
6

Colling, F.: Timber construction: principles and design aids,

8

Moser, M; Avian, A; Grote, V; Mayrhoffer, M: School

p.1 ff.

without stress - wood creates a good school climate.

7

Holzcluster Steiermark Future Conference; 25 March 2010;

The study presents the results of a CO 2 assessment of the

LifeCycle Tower as the basis for a "Product Carbon

Graz, AUSTRIA. 2010

Footprint"

9

Illwerke Zentrum Montafon, Vandans (AT)
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in that any disturbance to neighbours and general

logically that materials with a very large ecological

traffic is minimised and – especially in urban situations

backpack have to be replaced by more resource-

– the construction process is much simplified. The high

efficient materials.

degree of prefabrication makes fast assembly possible
(at the LCT ONE it was possible to erect one floor

By contrast to other timber construction projects which

including facade in one working day) and greatly

aim to use as much timber as possible, the LCT

reduces the requirement for storage areas during the

concept is aimed at using resources as efficiently as

construction phase.

A third advantage of the

possible. That means that while timber accounts for the

prefabrication of elements is that less noise and dust is

greatest proportion of the materials used in the LCT

generated at the construction site.

system, only that quantity is used which is needed to
achieve functionality coupled with maximum resource
construction

efficiency. An example is the hybrid floors, for which

methods, the use of timber reduces the “ecological

both timber and reinforced concrete are used in order to

backpack” by half: according to the renowned chemist

achieve the best possible combination of sound

and environmental researcher Prof. Friedrich Schmidt-

insulation

By

comparison

with

conventional

and

fire

protection.

In

addition,

a

10

comprehensive energy supply concept was developed

For example, in order to produce 1 kilogram of steel,

which reduces the energy requirement to the minimum

an average of 8 kg of rock and fossil fuels has to be

while fully covering the users’ needs. This makes it

taken out of the earth, for a kilogram of copper it is 348

possible, depending on conditions and requirements, to

kg, while the “real” weight of one kilogram of

simplify the technical services installations, in line with

aluminium is 37 kg. In contrast, the “ecological

what is sometimes called a “less tech” approach.

backpack” of timber is about 1.2 kg – which means that

Conventional energy sources such as heating oil or

for 1 kg of timber, only 0.2 to 0.4 kg has to be

natural gas are avoided completely.

Bleek, every product has an “ecological backpack”.

consumed in addition. Prof. Schmidt-Bleek, in his
publications, demands dematerialisation by a factor of

2.3 Learning from other industries

10. In his concept of the “ecological backpack”, he has

The predominant method used today in building

developed the MIPS indicator (Material Input per

construction can still be compared to what in other

Service Unit), which measures how sustainable a

industries is referred to as prototype construction. This

product or – in the case of Cree – a building is. MIPS

means that each building is fundamentally designed

measures the input of natural resources throughout the

from new. Experience gained from previous projects is

entire

and

mostly not utilised, and is therefore lost. Other

recycling) of a product in the following categories:

industries – above all the automotive industry – are

biotic materials, abiotic materials, earth movement in

clearly more advanced than construction; items such as

agriculture and forestry, including erosion, water and

chassis, engine and car body are standardised and

air. Most products we produce from the earth’s

modular, and can therefore be produced quickly, cost-

increasingly scarce resources involve much more

efficiently

material than their weight suggests, owing to the

Nevertheless, it is possible to differentiate cars and

extraction process, transport and processing. It follows

adjust them to specific requirements using different

life-cycle

(production,

use,

disposal

and

in

a

resource-efficient

manner.

trim characteristics, colours or materials. With the help
10

Schmidt-Bleek, Friedrich (Ed.) (2004): The ecological

of a “car configurator”, customers can configure their

backpack: economy for a future with a future; 1st ed.;

own dream model and order it at the push of a button.

Stuttgart [etc.] : S. Hirzel publishers

In the near future, house purchases will take place in
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the same way – the client configures a building at the

which the statutory guidelines for official approvals are

computer, views it with the help of 3D glasses in order

deposited. There are virtual meeting areas for architects

to design details and furniture and fittings, and then

and engineers, where they can meet, exchange ideas

orders via mouse-click. However, we are not there yet.

and found virtual companies. There are product shops,

But that’s just a question of time.

where existing construction elements can be viewed –
including all information on materials, costs, their

3 The next step – Construction 4.0

ecological footprints and manufacturers’ worldwide

And this time will arrive faster than we think. The

contact data. In addition there will be top performer

reason for this is also the logarithmic way of man’s

lists, which are computed on the basis of feedback and

thinking11 – in order to anticipate the world in one

customer evaluations; for example, the best projects –

year’s time, we don’t have to look one year into the

including the information on construction elements and

past, but ten. The pace of development is speeding up

the manufacturers involved – the best timber architects,

immensely, aided primarily by technical development

the best structural engineers or the best fire safety

and digitalisation. Therefore, the time of Construction

experts. All this knowledge, experience and contact

4.0 is right now; timber construction or hybrid timber

information on the platform is available to all users.

and system construction have created the prerequisites

Without limitation in terms of time and space.

and best starting point for the next step. This is driven
by the Sharing and Open Innovation paradigms.

We will say goodbye to the contemporary construction
process – in-process design will no longer exist. It will

The fulcrum of this new construction paradigm will be

simply become superfluous. On the other hand, the

an interdisciplinary, digital and interactive platform. A

architect’s task will become more demanding in the

type of cybernetic table for everything to do with the

early stages – in terms of social context, urban design

“design, construction and operation of buildings”. This

and building design. This is already the case in

accommodates all information, contacts, products,

shipbuilding and in the automotive industry – the

forms and case examples from the world of system-

engineers and designers of a yacht or cruise ship have

based hybrid timber construction. And it will undergo

no further influence over their drawings once they have

continuous development; every newly developed

been submitted to the shipyard. And why should they?

construction element, every successfully completed

To minimise and limit development and production

project, each new producer, architect or engineer will

costs and the associated risks, shipbuilders and

enrich the platform, fill it with content, thereby

shipyards are always encouraged to optimise their

expanding the knowledge of all those sharing in the

facilities and processes during the entire life cycle.

cybernetic table. This means that in future knowledge

Through the aid of digital simulation of single or

will not be subject to copyright, but will be owned

multiple assemblies the entire process and process

collectively for the benefit and advantage of timber

steps are tested and optimised in the preliminary stages,

construction and all stakeholders.

before actual production starts. This consistent and
most of all disciplined approach shortens previously

The platform will be subdivided into a number of

known development times in the shipbuilding industry

different project areas. There will be country areas, in

and at the same time improves return on investment.

11

Von Baeyer, Hans Christian: The Informative Universe.

These

disciplines

coordinate

and

synchronise

The New World View of Physics. C.H. Beck publishers p.

simultaneously from the start through the usage of

103

interactive

software

solutions.

The

topic

of
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sustainability in the shipbuilding industry, where
product life cycles can be up to 100 years, has also

In brief: the Cree platform holds everything, available

completely changed. Due to global supply chains,

at any time and from anywhere, and to all interested

highly precise progressive processing and production

and registered users. And this is where timber comes

technologies and the challenge to separate the assembly

into play, because this change in the construction

to different locations and institutions, this industry has

process and in building heralds enormous opportunities

become more and more complex in previous years. As

for timber construction:

a result of this, new instruments and tools that enable
an early start in the planning of production have been

Opportunity 1: Timber hybrid construction makes

created to maintain a complete overview despite these

prefabrication possible. Accurate to the millimetre, no

challenges.

on-site work is required.

In addition, building

components are fitted with electrical and services
“Virtual modelling” of ships, in particular, replaces

installations at the factory.

extensive timely and financial mock-ups and enables

Opportunity 2: Owing to its weight, timber has no

parallel and systemised planning, training, production

competitor when it comes to transport and handling on

and assembly. In this way the digital production

site.

solutions of important assembly facilities including all

Opportunity 3: Timber can be used the world over –

fabrication, supply chain and final assembly locations

either because of the ease of transport or because

are connected with the pre-defined master product and

forests and timber mills are in the direct vicinity. It has

process structure. An integrated digital environment

an inestimable benefit to local business.

ensures the fabrication of the right product in the right

Opportunity 4: Timber system construction reduces

quantity, adequate quality standards and suitable

costs, especially when using the platform: the design

performance requirements before the start. Even after

becomes easier and more cost effective since existing

completion and delivery - the handover - the ships stay

details can be used for new designs. Approvals will be

permanently connected with the supplier, in order to

obtained quicker, because of the existing precedents.

recognise possible problems at a very early stage and to

Offers and prices are becoming comparable.

enable faster and more cost effective maintenance and
alteration provisions.

The functions of architects and building designers will
change. New players will become part of the process –
from IT, from community management, from other
areas which up to now have been completely excluded.
Currently, Cree GmbH is working and negotiating with
the supplier of holistic lighting solutions, the Zumtobel

Figure 1: Cloud and open platforms

Group, the Bosch electronics corporation, the aviation-

4 Conclusion

based Dassault Systémes and with the BIMobjects IT

Timber hybrid construction, modular, system-based

service provider. These are all companies which

building and the cybernetic table create the boundary

hitherto were not particularly involved in construction.

conditions necessary to make the construction industry

Let’s call it the “Uber principle” of the construction

more sustainable and more efficient, and to produce

industry – the rules are being redefined.

better quality. In addition, there will be greater focus
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on productive design instead of continually repeating

SBCI) Buildings and Climate Change, Summary

efforts to solve identical problems. Owing to its

for

experience in the above areas, Cree has the competence

http://www.unep.org/sbci/pdfs/sbci-

to create and manage the digital construction platform.

bccsummary.pdf (last accessed 07.05.2014)

Decision-Makers,

2009

[5] Rhomberg, Hubert (2015): Bauen 4.0 – From the
Never before has the opportunity been so great for

Ego

introducing the vitally important change to the

www.bauenderzukunft.at.

to

the

Lego

Principle,

construction process, including construction with

[6] Kolb, Josef (2007): Systems in timber engineering:

timber for a more sustainable, more comprehensive,

loadbearing structures and component layers,

more resource-saving, more cost-efficient and therefore

second edition., Basel: Birkhäuser Verlag AG

better process. If all architects, structural engineers,

[7] Moser, M; Avian, A; Grote, V; Mayrhoffer, M:

specialist

engineers

and

tradesmen

who

have

School without stress – wood creates a good

recognised the potential of timber and are prepared to

school climate. Holzcluster Steiermark Future

move forward, come together now, then no lobby in the

Conference; 25 March 2010; Graz, AUSTRIA.

world will be able to stop this movement.

2010
[8] PE

International

http://www.pe-
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CROSS-LAMINATED TIMBER VS. CONCRETE/STEEL:
COST COMPARISON USING A CASE STUDY.
Maria Fernanda Laguarda Mallo1 and Omar Espinoza2
ABSTRACT: Cross-Laminated Timber (CLT) is an innovative structural system based on the use of large-format, multilayered panels made from solid wood boards glued together, and layers at 90 degrees. This cross-laminated configuration
translates into panels that are monolithic, stable, and experience minor shrinkage, which allows them to be used for the
most diverse building applications, such as walls, floors and roofs. Developed in the early 1990 in Switzerland, as a way
to reduce waste in sawmills, the system has been successful in Europe for the past 20 years, and more recently has made
inroads into the Australian and North America markets. In the United States, the adoption of the system is still in its early
stages. Recent research has shown that CLT could be cost-competitive as an alternative to concrete structures and for
buildings over 6 stories high. The main goal of this study was to understand the market impediments to widespread
adoption in the U.S. from an architecture firm’s point of view and compare the economic performance of CLT with that
of traditional constructions systems, namely concrete and steel. A performing arts facility on the west coast of the US was
evaluated as a case study. In order to accomplish this goal, a series of interviews with building professionals, as well as
meetings with construction and estimating firms were conducted. Then an in depth analysis was performed to evaluate
and compare the economic performance of the different construction systems in terms of cost of materials, labor, and
speed of construction. This research addresses some of the key questions that must be answered if we are to understand
the viability of a CLT market in the U.S.
KEYWORDS: Cross-Laminated Timber, Mass-Timber, cost, feasibility, barriers, adoption

1 INTRODUCTION 123
Cross-Laminated Timber (CLT), also known as “CrossLam,” or “X-Lam” [1] is a relatively new construction
technology developed in the early 1990s in Europe, where
it has been highly successful. This structural system can
be described as a massive plywood panel, in which the
layers of veneers are replaced with dimensional fingerjointed lumber. Each layer is glued together at 90 degrees
from the following layer. This cross-laminated
arrangement of boards translates into panels that are
strong, stiff and dimensionally stable which allows them
to be used in a wide range of applications [2], including
single and multi-family residential buildings, educational
institutions, and office buildings.
CLT is a system based on large format, light-weight
panels that vary in size from manufacturer to
manufacturer. Typical widths are two, four, eight, and ten
feet; panel length can be up to sixty feet or more, and
thickness can be up to twenty inches. Due to the prefabricated nature of CLT panels, and the use of fewer but
larger elements, offers the potential for simplified and
efficient construction. The panels can be delivered to the
construction site ready to install, and fastened with simple
1 Maria Fernanda Laguarda Mallo, PhD Candidate, Department
of Bioproducts and Biosystems Engineering, University of
Minnesota, lagua006@umn.edu

metal connectors (brackets, angles and screws). This
helps speed up construction time, reduces the risk for
mistakes, increases safety and reduces waste generation
on site, all of which can translate into reduction of the
construction costs [3] [4].
CLT has been recently introduced into the North
American and Australian markets, with very good market
response. CLT has been able to successfully compete with
steel, brick, and concrete in some construction market
segments. However, the U.S. market for CLT is still in its
embryonic stage [5]. Some of the barriers to market
adoption of CLT identified by previous research are:
initial cost, and building code compatibility issues [5] [6].
The main objective of this study was to explore the
feasibility and economic performance of CrossLaminated Timber (CLT) as alternative structural system.
To accomplish this goal, the following specific objectives
are proposed: (1) understand the decision-making process
to adopt a structural material in a specific architectural
firm; (2) compare the construction cost of a performing
arts center using traditional materials (concrete and steel)
and CLT.
2 Omar Espinoza, Assistant Professor, Department of
Bioproducts and Biosystems Engineering, University of
Minnesota, espinoza@umn.edu
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2 RESEARCH METHODS

3 RESULTS AND DISCUSSION

To achieve the objectives of this research, the project was
carried out in three stages: (1) Interviews with
representatives of a U.S. architecture Firm; and (2) Cost
and construction time estimation of a performing arts
center. A short description of each stage follows.

3.1 INTERVIEW WITH FIRM’S
REPRESENTATIVES

2.1 INTERVIEW WITH FIRM’S
REPRESENTATIVES
A short questionnaire with 10 open-ended questions was
developed, to obtain in-depth information and insights
about the firm’s material selection process. Once a first
version of the questionnaire was created, a draft was sent
to two academics to obtain their feedback regarding
clarity and consistency of the questions, potential errors,
and suggestions for improvement.
Three firm representatives were contacted to arrange a
convenient date and time for the interview. The interviews
were audio-recorded with the consent of the participants,
and notes were be taken as a backup. The interview
recordings were fully transcribed. Transcription of the
interviews were coded and major themes identified.
Established qualitative research methods for thematic
content analysis were used to analyse and to identify
major themes from the transcripts. Organization of the
responses and analysis was be carried out using Excel
spreadsheet software.
2.2 COST EVALUATION
An example of a recently built performing arts facility was
selected by the firm's representatives. A careful evaluation
of the project by the researcher was conducted to
determine the square footage of walls, floors and evaluate
the main characteristics of the design and the structural
feasibility of using CLT for the performing arts center.
2.2.1 Cost estimation assumptions
Material and labor cost estimates for the concrete and steel
structure were requested to an internationally known costestimating firm and a major construction company with
operations in most of the U.S. Labor and transportation
cost for CLT panels were requested to two North
American CLT manufacturers. Labor and connectors'
costs, were supplied by a major construction company in
the Midwest, currently building the first mass timber
high-rise building in the U.S.
2.3 LIMITATIONS
A number of limitations may have affected the results
obtained from this study. Limitations include: (1) due to
the small sample size, generalization of results is not
feasible. This part of the research was exploratory in
nature and was focused on depth of information and not
statistical representation; (2) other professionals from the
firm, who may have relevant knowledge and insights, are
not represented in the sample.
A detailed discussion of the findings, is presented in the
following section.

3.1.1 Respondents’ background
Three representatives from a U.S. architecture firm were
interviewed for this study. The first respondent was
Project Architect in the healthcare group at the firm. The
second respondent was Project Architect in the Education
and Performing arts group. Lastly, the third interviewee
was a Senior Structural Engineer at the firm.
3.1.2 Material selection process
One of the objectives of this study was to learn about the
firm’s structural material selection process. According to
the interviewees, the decisions about the structural
materials are most frequently done early in the design
process. The reason stated for this approach lays in the
fact that the cost of the structural system selected usually
drives decisions forward very fast and early in the design
process, leaving more time to make other decisions on the
design of the building (e.g. footprint, interiors, finishes,
etc.) Interestingly, one of the respondents mentioned that
depending on the type of client, they may have more or
less flexibility in regards to the materials selected,
depending on how involved with architects and engineers
they are during the design process.
During the interviews, participants were also asked about
the roles of architects, engineers and contractors in the
structural material decision process. One of the architects
mentioned that contractors often advise in issues
regarding cost and constructability during the design
phase. Meanwhile, architects and engineers have similar
role and work together during the material selection
process. It was also stated that in this particular company,
the process tends to be very collaborative, but that the
level of collaboration is often project specific.
3.1.3 Firm’s innovativeness
Over the past three decades many studies have been
conducted to evaluate the factors that influence adoption
of new materials by consumers [7] [8] [9]. A wide range
of factors has been addressed, from which “innovation
characteristics” and “adopter’s characteristics” stand out.
In regards to the “adopter’s characteristics,” the most used
dimensions are age, education, and income [8] [10].
Hirschman [11] stated that within the “adopter’s
characteristics” are also “psychographic characteristics”
that included: innovativeness, defined by the author as “a
driver of adoption intention and adoption behaviour as it
captures the propensity of consumers to adopt new
products.” Therefore, since innovativeness is seen as one
of the factors that could influence the adoption of
materials, the questionnaire included one question to
evaluate to what degree the Firm consider itself
innovative.
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In the Architecture/Engineering (A/E) community
innovation is seen as a competitive advantage. However,
as in any sector, the successful introduction of an
innovation usually implies some upfront investment and
therefore carries significant economic risk [12]. All
respondents agreed that over the past few years the firm
has been through a renewed interest in innovation.
According to one of the architects, the firm’s strategy has
been to position itself behind the early adopters,
particularly when it comes to technology innovation, to
minimize the investment and potential risk. Interviewees
added that innovation in the A/E community is also
related to the effort put into research, which is something
that the Firm has been pushing towards to during the past
few years, by increasing the “investment in innovation
research across multiple fronts.”
When asked whether employees are, for example,
encouraged to explore new materials, respondents said
that this has been a big priority of the firm and that it has
also serve to motivate and make employees more engaged
with their work. Respondents also mentioned a specific
initiative to share and discuss research projects to
encourage people to apply information and past
experiences to their own projects. Similarly, the firm
created a program which encourages teams and
individuals within the group to explore particular topics
of interests.
Over the past few years, the firm has also been part of
research partnerships, which allows them to collaborate
with organizations external to the firm. The Consortium
for Research Practices with the University of Minnesota
is an example of these newly established partnerships.
3.1.4 Attitudes towards materials
In order to evaluate the firm's attitudes towards different
structural materials, interviewees were asked about the
materials more often used by U.S. design professionals,
for a series of building types. Table 1 shows the responses
to this question.
When respondents were asked to elaborate about the
reasons for each selection, they indicated that the main
drivers to selecting the materials were: cost compared to
other solutions; building code and fireproofing
requirements; building and program characteristics (e.g.
hotels), height, characteristics of the enclosed
environment (e.g. pools), architectural form (e.g.
emblematic structures), security (e.g. embassies), and
longevity.

Table 1: Primary structural materials (or combination of
materials) used depending on building type.

Building type
Single-family residential
Multi-family residential
(e.g. condos, apartment buildings,
townhouses, etc.)

Primary structural
material used
wood
wood; concrete
podium

Commercial buildings
(e.g. offices, restaurants, retail
stores, hotels, etc.)

varies -steel
frame/joist;
concrete

Educational buildings
(e.g. schools, universities, libraries,
etc.)

varies -steel;
concrete

Transportation buildings
(e.g. airport, bus/train stations, etc.)

varies - wood;
steel; concrete

Governmental buildings
(e.g. city halls, courthouses,
embassies, etc.)

varies -concrete

Recreational buildings
(e.g. gymnasiums, stadiums, pools,
ice rinks, etc.)

wood; steel;
concrete

Religious buildings
(e.g. churches, temples, chapels,
etc.)

wood; steel

Industrial buildings
(e.g. factories, storage, etc.)

steel; concrete

Interviewees were also asked for their input regarding the
relative importance, of a list of attributes, when selecting
structural materials. Table 2 summarizes the responses to
this question.
According to the structural engineer interviewed, the way
in which materials are evaluated depends, in great part, on
project specific priorities, that is the case of aesthetic
characteristics, which only have a high importance if the
structure is left exposed; earthquake performance, which
is only taken into consideration in seismic regions;
acoustic performance, which often plays a key role in
multi-family residential buildings and performing arts
center; and compatibility with other building systems,
which could drive a decision if, for example, there is a
program specific floor-of-floor height limit.
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Table 2: Primary structural materials (or combination of
materials) used depending on building type.

Material's attributes

Importance

Environmental performance

low

Structural performance

high

Economic performance

high

Aesthetics
Fire performance

medium*
high

Earthquake performance

medium*

Availability in the market

high

Acoustic performance
Cost of post-construction maintenance
Durability
LEED Credits
Compatibility with other building systems

medium*
low
medium
low
medium*

Raw material sustainability

low

Compatibility with building code

high

* project specific

3.1.5 Final remarks
Findings from this part of the study stress the importance
that collaboration between architects and engineers has
during the material selection process. During this
interview it was stated that the selection of the structural
materials most frequently happens early on in the design
process, because it helps in the economic evaluation of
different structural options. Lastly, it was concluded that
selection of the structural material greatly depends on the
type of building and specific project requirements. Also
drivers of the selection are the cost, the availability in the
market and the compatibility with the building code.
3.2 COST ESTIMATION
3.2.1 Project description
The project selected for the cost analysis was a performing
arts center built in 2008 outside Napa, California. The
40,000 square feet building is divided in five areas: theater
wing, music wing, main theater area, administrative area,
and lobby area (Figure 1).

Figure 1: Ground floor plan. Schematic representation of the
building areas.

The challenge when designing a performing arts center
lays in the architectural and acoustical requirements
inherent to the program, such as the need to accommodate
long spans to provide flexible open spaces without
obstruction and the selection of high performing acoustic
materials. In the case of the performing arts center
analysed for this study, there was an additional challenge:
its location within a high seismic hazard zone. For this
study case, the location has a great influence in the
selection of structural materials.
For the building evaluated in this study, designers opted
for a concrete/steel structure. Cast-in-place concrete was
used for the slabs, and the walls for the main theater and
the studios located in the music and theater wings. Steel
beams were used to support the composite steel floor deck
(i.e. profiled steel deck with a reinforced concrete fill) that
covers the entire building. Special steel trusses were
designed to for the main theater space, that allowed to
cover 84-feet span without intermediate columns, and
incorporate suspended auxiliary structures for the main
theater, such as catwalks. Light steel frame construction
was used for the administrative area behind the stage area,
practice room located in the music wing, and service
spaces in both the music and theater wings.
3.2.2 Cost analysis
Five construction options were evaluated: (1) original
concrete, structural steel and light-steel frame
construction; (2) and (3) basic CLT options, in which only
the main structural concrete elements (walls and roofs)
were replaced by CLT panels from two different
manufacturers; (4) and (5) green option, in which concrete
is replaced by CLT panels, structural steel beams are
replaced by glulam beam, and light-steel frame
construction is replaced by wood-frame construction. A
summary of the results from the cost estimation analysis
can be found in Table 3.
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Table 3: Summary of results
CLT options
Concrete/
Steel option
Element

Structural
Walls

(Concrete
walls/roof,
steel beams,
light-steel
frame)

Basic
CLT
option 1

Basic
CLT
option 2

(CLT walls/roof,
steel beams, lightsteel frame)

Green
option 1

Green
option 2

4 CONCLUSIONS
(CLT walls/roof,
glulam beams,
wood-frame)

$1,071,680 $624,417 $414,901 $624,417 $414,901

Concrete
Slab

$256,416

$256,416 $256,416 $256,416 $256,416

Roof
System

$600,975

$427,809 $289,339 $427,809 $289,339

Interior
Walls*

$155,304

$155,304 $155,304 $297,666 $297,666

Steel Beams

$506,575

$506,575 $506,575

-

-

Glulam
Beams

-

-

-

$29,022

$29,022

Extra CLT
Walls

-

-

-

$115,407 $84,977

Extras for
CLT**

-

$595,241 $595,241 $654,768 $654,768

TOTAL $

2,590,950

2,565,763 2,217,777 2,405,506 2,027,091

SQFT
Cost per sqft

even more significant (between $4 and $15 per square feet
depending on the CLT manufacturer.) Construction time
is reduced by 61.1% when the concrete and structural steel
and light-steel frame structure are taken out of the
equation and are replaced by glulam elements and woodframe structure, respectively.

40,065

40,065

40,065

40,065

40,065

$64

$64

$55

$60

$50

* Interior walls for concrete and basic CLT options are in light-steel
frame construction. Interior walls for CLT Green options are in woodframe construction.
** Extras for CLT includes labor cost and connectors for CLT

Construction time for all options was also calculated
(Table 4). For the concrete/steel construction, the time to
place reinforcements, formwork, pour and cure concrete
were taken into account.
For the CLT options,
information about construction time was obtained from
the manufacturers. According to the information provided
by the CLT manufacturers contacted, 25-30 panels a day
(8000 square feet) can be placed with a 5-6 person crew.
These numbers include unloading trailers and fastening
panels in place.
Results indicate that a cost reduction (between $1 and $9
per square feet depending on the CLT manufacturer) can
be achieved by selecting CLT panels as an alternative to
cast-in-place concrete for walls and roofs only. Total
construction cost savings could be greater when a
construction time reduction is considered (approximately
4 month less for CLT structures than traditional
concrete/steel alternatives.) When an environmentallyfriendly option, that uses glulam beams (instead of steel
beams) and wood-frame construction (instead of lightsteel frame construction) is selected, the cost reduction is

The main objective of this study is to explore the
feasibility and economic performance of CLT as
alternative structural system. The following specific
objectives were proposed: (1) understand the decisionmaking process to adopt a structural material in a specific
architectural company; (2) investigate the main benefits
and drawbacks of adopting CLT for a performing arts
facilities. For this purpose, an interview to company’s
representatives was conducted, and the analysis and cost
estimation of a performing arts facility was performed.
The interview with the architecture firm representatives
demonstrated that the main factors influencing the
decision to adopt a structural material by architects and
engineers are: cost, structural performance, fire
performance, availability in the market and compatibility
with the existing building code. These factors were
considered when evaluating the feasibility of using CLT
for the project analysed herein, however, only cost was
evaluated in detail.
The cost evaluation for the performing arts center showed
that CLT would signify a cost reduction of up to 21.7% in
the cost of structure, depending on the extent to which
CLT is used in the building and the manufacturer selected.
It is hypothesized that if CLT is compared with other type
of prefabricated materials (e.g. precast concrete) that
could allow similar savings in construction time, the
former would still come out as more cost-effective due to
the lower material costs (between $5 and $20 square feet
for CLT panels, and between $14 and $40 square feet for
a “tilt-up” concrete solution) and the lower weight (29
lb/square feet for wood and 150 lb/square feet for
concrete), which directly translates to smaller and
shallower foundations.
For all the above, this research demonstrated the
feasibility of using CLT panels for the performing art
center evaluated. However, feasibility, as well as costcompetitiveness, varies greatly depending on the type and
complexity of the project. Further research should be
carried out to evaluate other building types.
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AN AGING RELATED STRUCTURAL PERFORMANCE VARIATION OF
KURA UKURI BUILDING
Yuya Ta ai a1, Natsumi Ta ayana i2, Syum i Tomido oro2, Koi hi Matsuno3
ABSTRACT: The subject of this study is to confirmed an aging-related structural performance variation of "Kurazukuri building" that consiste of a very heavy mud wall and Japanese traditional timber frame. By two times measuring
the microtremors of them (First, July 2002, Second, December 2014), the vibration characteristics values of the "Kurazukuri building" were obtained. The aging of the 12 years, it showed the shear stiffness of "Kura-zukuri building"
diminished into 70 %. Then, in order to grasp the earthquake response of one, the authors carried out the dynamic
analysis with the acceleration waves of the ouhoku-oki (The 2011 off the Pacific coast of ohoku Earthquake). The
maximum interlayer deformation angle was 1/600 rad.
KEYWORDS: Microtremor measurement, Equivalent stiffness, "kura-zukuri building"

1 INTRODUCTION 123
This study is targeted at one of the traditional wooden
architecture of "Kura-zukuri building" in Japan. The
target building is one general example of "Kura-zukuri
building". By measuring the micro-tremors of one, the
authors understand that it numerically degraded as
compared with the vibration characteristic values
obtained in the past [1]. Moreover, aouthers tried to
detect an equivalent stiffness from a relationship
between the vibration characteristics and the mass. And
the analysis model was determined. And the authors
studied the response characteristics of the "Kura-zukuri
building" in the 2011 off the Pacific coast of ohoku
Earthquake. Based on the above, the authors refers to the
possibility of extension of natural period.
Table 1-1: Outline of "Kura-zukuri building"
Building Name
Completion date
Application
Building area
Height
Structure type
Load-bearing element
Material used

Kura-zukuri building
1893
store / museum
Ground floor
44.63m2
Second floor
37.19m2
Total floor
81.82m2
Maximum
6,593mm
wooden structure, tile-roofing
Kura-zukuri building
Mud wall
Japanese cedars

1

Yuya Takaiwa, Doctoral Student, Dept. of Arch. and Urban
Design, Toyo University, M. Eng.
2
Natsumi Takayanagi, Syumpei Tomidokoro, Graduate school
of Science and engineering research course, Toyo University
3
Koichi Matsuno, Professor, Department of Architecture, Toyo
University. Dr. Eng. matsuno@toyo.jp
2100 Kujirai, Kawagoe-shi, Saitama, Japan (350-8585)

Figure 1-1: ach loor plan, a cross-sectional, he re ision in
part on the ura- ukuri uil ing [1]
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2 MICROTREMOR MEASUREMENT
2.1 MEASUREMENT SYETEM
In order to observe vibration characteristics of "Kurazukuri building" which are natural frequency, natural
period and natural vibration mode, the micro-tremor
measurements were carried out with servo acceleration
sensors. Fig. 2-1 shows the outline of the measuring
system [2,3]. The natural frequency measured in 2014
was reduced as compared with the measurement result in
2002.

2.2 MEASURING RESULTS
Fig.2-3,2-4 shows a reply acceleration wave pattern.
Fig.2-5,2-6 shows the outline of a transfer function and
the stimulation function of the representative point found
by analysis. In order to obtain a natural vibration mode,
numerical value analysis was carried out by the method
described above. And many vector component of the
amplitude ratio on the building shape data are shown in
Figure 2-9,2-12.
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Table 2-1: Micro-tremor measurements specific period
Year

Mode

Y

X

Direction
1st

2nd

1st

2nd

2002

0.22[sec]

0.11[sec]

0.22[sec]

0.09[sec]

2014

0.25[sec]

0.12[sec]

0.25[sec]

0.10[sec]

2F

1F

-0.5

Period

■ mode1
◆ mode2

-0.5

2014-X–B

Figure 2-8: timulation unction o

0
0.5
Stimulation function
2014-Y–B

ecem er

From the measurement data of July, 2002, the transfer
function was confirmed. There are two peaks at 4.73Hz
(0.22sec), 9.27Hz (0.11sec) in X direction. In addition,
there are two peaks at 4.59Hz (0.22sec), 12.30Hz
(0.09sec) in Y direction. Similarly, from the
measurement data of December, 2014, there are peaks at
4.16Hz (0.25sec), 8.45Hz (0.12sec) [X direction], at
4.00Hz (0.25sec), 10.90Hz (0.10sec) [Y direction] in
each direction.
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a ara

2.3 SHEAR RIGIDITY EVALUATION
In the data analysis, the authors use the following nondamping free vibration theory. Under the hypothetical
condition of maintaining a constant vibration shape, the
building can be expressed by the following equation
when a simple harmonic oscillation.



    υ  0

a a
hikkui (Stucco)

Bamboo ((Half )

hikkui (Stucco)

(2-1)

 ω2 Μ  Κ

here,

unashikkuii

JJapanese
p
cedar bark

Μ 

: Mass matrix

Rafter 60×455

υ

: Stiffness matrix
: Amplitude vector

Figure 2-14: Roo etail
a agoe City useum

ω

: Natural angular frequency (  

Κ 

: Natural period

2
T

JJapanese
p
cedar pplate

ura- ukuri structure mo el in the

)
uraaoshi
arumaaki

(2-1) equation to have a solution other than the
expression given below.
 2

   

hikkui (Stucco)
(
)

(2-2)

0

uraaoshi

(2-2) from the equation, the free vibration of the twomass system is represented by the following matrix.

m1
 2
 0
here,

m1
m2
k1
k2

0 

m 2


k1  k 2
  k 2

 k 2
0
k2 


(2-3)

akanuri
rauchhi

anuri

omai
orokake

: 1st story mass
: 2nd story mass
: 1st story horizontal stiffness
: 2nd story horizontal stiffness

ω is used as the measurement result. Building weight
is calculated based on the bibliography.

Site
o arai detail

ura- ukuri structure model

omai detail

Figure 2-13: ura- ukuri structure mo el in the a agoe City
useum [4]

Roof
Floor
Wooden
frame
Mud wall
Other
Live load
Total
m2
m1

Weight
(kN)
466.22
20.98
37.27
358.62
35.54
11.2
929.84
641.90
284.85

m
2,570

Weight breakdown

ura- ukuri structure mo el in

2,430

all etail
useum

m
2,800

Figure 2-15: a
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Table 2-2: The weight of the unit load breakdown

Roof

Mud
wall

annon
door

Near
annon

Freme
2 floor

Constitution
a ara (24 sheets / m2)
Sat (t = 65mm)
unashikkui(sand: Stucco = 1: 5)
(t = 2)
Sat (t = 95mm)
Bamboo(Half) (4.7 lines / m2)
Japanese cedar plate (t = 15mm)
Japanese cedar plate (eaves and
out only) (t = 15mm)
Sat (t = 55mm)
Sand plaster (t = 2mm)
orokake (t = 1mm)
Eaves end portion
Edge
akoto part
Box building ends
Mud walls (t = 250mm)
Transmural (cedar) (1 / sq.m)
unashikkui(t = 8mm)
raka e soil (t = 115)
omai(φ30,20 lines / sq.m)
hikkui(Stucco) (t = 4mm)
orokake (t = 1mm)
orokake
hikkui(Stucco)
Wood sliding (cedar)
Wood frame (cedar)
Grate
Wood frame
hikkui(Stucco)
Noro-seat
Bamboo(6 split) (2m14 pieces)
Soft wood(matsu)
Soft wood(sugi)
Hard wood(keyaki)
Hard wood(tsuki(keyaki))
Plate (Japanese cedar)

200

Unit load
484.8 (N/m2)
1045.0 (N/m2)
33.5

(N/m2)

1527.0
6.6
55.9

(N/m2)
(N/m2)
(N/m2)

55.9

(N/m2)

884.0
33.5
17.0
10.1
41.0
4323.0
12556
1960.0
28.7
134.0
1848.3
56.5
68.0
17.0
63.7
536.2
25.8
72.1
48.0
283.0
291.1
18.3
0.007
4018.0
3724.0
6076.0
6076.0
3724.0

(N/m2)
(N/m2)
(N/m2)
(N/m)
(N/m2)
(N/m)
(N/set)
(N/m2)
(N/m2)
(N/m2)
(N/m2)
(N/m2)
(N/m2)
(N/m2)
(N/m2)
(N/m2)
(N/m2)
(N/m2)
(N/set)
(N/m2)
(N/m2)
(N/m2)
(N/set)
(N/m3)
(N/m3)
(N/m3)
(N/m3)
(N/m3)

And, from the equivalent rigidity of the entire building,
the authors got the rigidity of the wall (l = 910mm).
2400

Equivalent stiffness
kN/rad
y = -40.627x + 2243.4
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y = -36.836x + 2087.4
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Figure 3-1: ouhoku-oki (The 2011 off the Pacific coast of
ohoku Earthquake) o ser e a e
Table 3-1: Historical earthquake that affected the Kawagoe [5]
Year

Month

2002

6
5

year

9

2007

Seismic
intensity

arakiken South

5.1

4

arakiken South

5.3

4

5.8

4

5.7

3

Chi aken South
arakiken South

6.8

3

2

5.3

4

4

Chi aken Northeast

6.1

4

7

Ci aken Northwest

6.0

4

7.2

4

6.8

3

10

7

5
2008

magnitude
(M)

Infested area

huetsu region (Mid
Niigata Prefecture
Earthquake in 2004)
arakiken South

8

3 HISTORICAL EARTH UAKE
The authors have investigated the observed earthquake
from 2002 to 2014 in Kawagoe area. As a result, a
maximum seismic intensity was observed in the
ouhoku-oki in 2011 [5]. The authors investigate using
seismic response waveform that has been observed by
the seismograph of Toyo University Kawagoe campus.
Kawagoe campus is located at a distance of 5 km of the
"Kura-zukuri building ".
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3
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7.2

3
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4 MODELING OF THE KURA
UKURI BUILDING

X-Mode1
0.26sec

The authors examined a three-dimensional analysis
model by the finite element method. The column and
girder applied a beam model using the section
dimensions that they measured. The mud wall modelled
it as a brace. Using the rigidity obtained in Chapter 2, the
authors evaluate the stiffness of the mud walls.
Comparing the results obtained in Chapter 2 and the
eigenvalue analysis results, it was verified its validity.
For the eigenvalues and eigenvectors were determined
by the sub-space method of simultaneous iterative
method. In non-damped free vibration condition, the
characteristic equation to be used in order to determine
the mode shapes and natural period are shown in
equation (4-1).

𝐾 𝜑n = 𝜔𝑛2 𝑀 𝜑n
here,

Y
X

Figure 4-2: igen alue analysis results -mo e

X-Mode2
0.11sec

Z

(4-1)

Y

Μ 

: Mass matrix

ω2n
{φn}

: Stiffness matrix
: Eigenvalues of the n-th mode
: Eigenvector of the n-th mode

Κ 

Z

X

Figure 4-3: igen alue analysis results -mo e

Y-Mode1
0.26sec

Stimulation index is a representation of the effect of
the corresponding mode as a percentage of all modes.
It is shown in equation (4-2).

Z

𝜏𝑚 =
here,

𝑀𝑖 𝜑𝑖𝑚
2
𝑀𝑖 𝜑im

Y

(4-2)

X

τm ：Stimulating factor of mode
m ：Any mode order
Mi ：Mass of any i position
φim ：m-order mode vector of any i position

For stimulus function, it is calculated by multiplying
the eigenvector to the stimulation coefficients shown in
equation (4-2). It is shown in equation (4-3).

Figure 4-4: igen alue analysis results -mo e

Y-Mode2
0.09sec

Z
Y
X

𝜏𝑢 = 𝜏𝑚 × 𝑋𝑚
here,

(4-3)

τm ：mode of stimulus function
m ：Any unique mode

Table 4-1: Natural period comparison
Beam element
E=700
Brace element
Figure.3 parameter

Z
Y
X

Figure 4-1: nalysis mo el

Figure 4-5: igen alue analysis results -mo e

Boundary
Dx,Dy,Dz Fix
Rx,Ry,Rz Free

Year

Mode
2002
2 11
2014

X

Direction
1st

0.22[sec]
.2 s
0.25[sec]

Y
2nd
0.11[sec]
.11 s
0.12[sec]

1st
0.22[sec]
.2 s
0.25[sec]

2nd
0.09[sec]
.

s

0.10[sec]
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DYNAMIC ANALYSIS
The authors applied the Newmarkβ method by direct
integration method, and solved the angular momentum
equation by given the acceleration wave form. Maximum
response values of the ouhoku-oki (The 2011 off the
Pacific coast of ohoku Earthquake) was within the
interlayer deformation angle 1/600rad. In addition, in a
survey of the building, prominent shear cracks also
became the support of this result that hasn’t been
detected.

Table 5-1: Maximum response values list
Span

Direction

wave

1st

2nd

1st

story

Long-side
2nd

Y

1/1084[rad]

1/993[rad]

1/1291[rad]

1/1229[rad]

X

1/1232[rad]

1/2580[rad]

1/1694[rad]

1/4300[rad]

There are past researches in comparison natural period
by microtremor measurement and natural period by
sweep test. This study used a data of the previous studies
[6].

2.45 2.65

2580

s  1.69  m  0.0437

2710

1/993rad

here,

s : Natural period by sweep test

m : Natural period by microtremor measurement

Z

1/1084rad

Correlation coefficient
Application range

Y
5.10

X

Natural period by sweep test (sec)

2580
2710

1.03

1/2580rad

1/1232rad

Z

X

Frem e

0.9

Frem e+inner wall

0.8

Frem e+inner wall and external wall

0.7

Other

0.6
0.5
0.4
0.3

y=1.69x-0.0437
R2=0.847

0.2
0.1
0.0

Y
3.15

: 0.920
: 0.11～0.45

Displacement Scale ×100

1.0

2.19

0

0.1
0.2
0.3
0.4
Natural period by microtremor measuriment (sec)

Displacement Scale ×100

Figure 5-1: Reply isplacement -analysis results

3.41

2580

2580

2.03 2.15

2710
2710

1/757rad

1/1229rad
Z

1/827rad

Y

Z
6.69

X

Y
4.18

X

Displacement Scale ×100

Displacement Scale ×100

4.99 2.00
0.63

2580

2580

1.50

2710
2710

1/1290rad

1/4300rad

1/1694rad

1/544rad

Z

Y

Z
6.99

Y
2.13

X

Displacement Scale ×100

Figure 5-2: Reply isplacement -analysis results

0.5

Figure 5-3: atural perio y microtremor measurement an
natural perio y s eep test [6]
3.28

1/1291rad

(4)

X

Displacement Scale ×100

Figure 5-4: Reply isplacement -analysis results s eep
mo el
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Maximum response values of the ouhoku-oki (The
2011 off the Pacific coast of ohoku Earthquake) was
the interlayer deformation angle 1/544rad. In any case, it
was more likely to be an elastic level.
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CASE STUDY. FLEXIBOX - FLEXIBLE TIMBER TEST CELLS FOR
OUTDOOR TESTING OF BUILDING COMPONENTS AND OF ENVELOP
SOLUTIONS
Julia Ratajczak1, Cristina Benedetti1
ABSTRACT: The aim of this paper is to present design and assembly procedures to construct a flexible timber test cell
– FlexiBox for outdoor testing of building components. Two test cells were developed within the TimBEESt project
founded by the Autonomous Province of Bolzano-Bozen in Italy. Fraunhofer Italia Research designed and realized two
test cells in order to measure the thermal performance of timber building components in real climate conditions. The
design concept is based on paradigms like flexibility, modularity and prefabrication. The flexibility allows to create an
interchangeable envelope of the test cell by using movable panels, without worsening the structural proprieties of the test
cell, when panels are changed multiple times. Test cells were installed near Bolzano city and they were used during a
monitoring campaign in the summer 2015.

KEYWORDS: Test cell, outdoor testing, timber structure, flexibility, prefabrication

1 INTRODUCTION 123
The European Energy Efficiency Directive sets rules and
obligations to help the EU reach its 2020 energy
efficiency targets [1]. Building industry needs to apply
retrofitting solutions for the existing building stock as
well as innovative solutions for nearly zero energy
buildings. These solutions require products or
components characterized by high-energy and
hygrothermal performance, high quality as well as
durability. In addition, the energy efficiency retrofit
market asks for insulated, airtight and prefabricated
components that allows to reduce installation time, costs
and tenants’ disturbance [2]. New energy efficiency
solutions for the retrofit of existing buildings and
increased airtightness of buildings can lead often to
condensation and mould problems if these solutions are
not installed correctly. Therefore, the dynamic
hygrothermal and energy assessment of these solutions,
especially under real climate conditions, would be
indicated in order to estimate their effectiveness as well
as to evaluate risks. The assessment procedures to
estimate such building behaviour can be performed by
using different test facilities, also in a simple and costeffective way. Depending on scope and scale of testing,
many facilities are available currently at universities,
research institutes and industrial R&D departments.
Nevertheless, the building industry does not always have
awareness of their capabilities or even existence.
1
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According to [3] the test facilities can be clustered in the
following groups: a) outdoor full-scale facilities (real
building); b) laboratory indoor facilities; c) outdoor test
cells. The first facility measures parameters in situ under
real boundary outdoor conditions considering indoor
conditions determined by occupants and HVAC systems.
The largest outdoor testing site in the Europe is located in
Holzkirchen (Germany) [4], where it is possible to
investigate building structures on a 1:1 scale, building
components and materials as well as system components
for heating, ventilation and energy systems. The FlexiLab
[5] in LBNL, Berkeley (USA) is another notably fullscale laboratory for flexible, comprehensive, and
advanced building efficiency simulations.
The indoor facilities perform tests in a controlled
laboratory environment, allowing measuring parameters
and controlling accurately steady-state boundary
conditions such as temperature, relative humidity, etc. An
example of such test facility can be a climate chamber for
measuring the thermal transmittance of building
components.
The outdoor test cells can be considered as a bridge
between laboratory tests and full-scale building.
According to [3] the dimensional lower threshold for test
cells was conventionally defined as a cube of 2 x 2 x 2 m.
Under this dimension, they are classified as test boxes.
Using test cells it is possible to investigate building
envelope or building component under controlled indoor
conditions while outdoor conditions are under free2
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floating conditions based on external weather. By
measuring different outdoor and indoor factors, such as
temperature, solar direct radiation, wind speed, etc., it is
possible to define a thermal response of test cell’s
envelope.
Within the TimBEESt research project [6], the research
team set, as one of many objectives, the validation of
energy dynamic simulations referred to timber buildings
enhanced by thermal mass. With this, the Fraunhofer
Italia Research chose a test cell as a test facility.
The main goal of this research paper is to present design
and assembly procedures to build the test cell – i.e.,
FlexiBox, for outdoor testing of building components
using systems like Cross-Laminated Timber – i.e., CLT
and Light Timber Frame – i.e., LTF.

the CIEMAT, Energy Efficiency in Buildings Unit
(Spain), the PASLINK test cell was built to evaluate
thermal performance of building components (Figure 2).
This test cell incorporates the Pseudo-Adiabatic Shell
(PAS) concept, which detects heat flux through the
envelope by using a thermopile system and compensates
it by a heating foil device. The test cell has a removable
roof in order to test different roof components. The inner
surface of the envelope is made of a uniform aluminium
surface in order to avoid thermal bridges. Test cell is
equipped with heating system [7].

1.1 STATE OF THE ART
According to [7] test cells currently available at
universities/research institutes are mostly used for the
following evaluations: a) evaluation of hygrothermal
building envelope performances; b) evaluation of building
component energy performances; c) evaluation of
renewable building energy systems. Test cells allow to
evaluate single building components (i.e. wall) or entire
building envelope.
In 1985, the PASSYS project (Passive Solar Components
and Systems Testing) [8] started and focused on the test
cells (Figure 1) as a tool to determine the test
methodology, simulation model validation and
development as well as the performance of passive solar
building components. This test cell is a two-zone
prefabricated facility, where the larger zone is a test room
and the smaller one is a service room. The test cell was
designed to get a test room with maximum adiabatic
behaviour from all walls except the south wall
component, which was the object of tests.

Figure 2: PASLINK test cell in Spain at the CIEMAT [7]

At the University of Innsbruck (Austria), the test site
consists of one PAS-Test cell and one PASSYS-Test cell
(Figure 3), both for testing hygrothermal performance of
building elements with the size of 2,75 x 2,75 m. In order
to create constant outdoor conditions, the “Cold Box” is
positioned in front of tested component by means of rail
system. The indoor conditions can be controlled by means
of heating (electric) and cooling (hydraulic) system via air
(recirculation air handler) [7].

Figure 3: PASS-Test cell, PASSYS-Test cell and Cold Box at the
University of Innsbruck [7]

Figure 1: Sketch of the PASSYS test cell [8]

In 1994, PASSYS project evolved in the PASLINK
Network that aimed at improving evaluation techniques
for the assessment of thermal performance of passive
solar building components [9]. The PASLINK Network
developed a quality testing procedures for testing, which
consist of calibration methods for instrumentations and
test cells, dynamic techniques for data processing and
analysis as well as simulation methods for scaling and
replication to buildings [10].
Bases on PASLINK testing procedures, many universities
and/or research institutes constructed their test cells. At

The Florence University, Italy (Figure 4) constructed the
LABIMED Test cell, similar to PASSYS-Test cell. It is an
outdoor test cell to evaluate the thermal performance of
building components. It does not have an adiabatic
envelope and the main structure is made in timber
platform frame system. All elements have the same
thickness and insulation. The U-value is equal to 0,32 [W
m-2 K-1] and thermal bridges are significantly reduced.
The dimension of the wall test component is of 2.80 m x
2.80 m. This test cell allows to measure thermal
performance of opaque and transparent components as
well as different day-light distributions due routable
platform. [7]
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Figure 4: LAMIMED Test cell in Florence, Italy [11]

The Fraunhofer IBP installed the calorimetric façade and
roof test facility (Figure 5) at its outdoor testing site in
Holzkirchen. This test cell can test components up to a
size of 2.6 m x 3.5 m. Components can be tested in any
position between horizontal and vertical due to the ability
to swivel the test cell almost 360 degrees and incline it 90
degrees. This flexibility allows to researchers perform
tests using a heliostatic approach, where, for instance, the
tested component maintain a perpendicular angle of
incidence while tracking the movement of the sun.
The inner surface of the test cell is made of highly
efficient, water-carrying absorbers that allow to heat and
cool the test cell. [4]

Figure 5: Calorimetric façade and roof test facility at
Fraunhofer IBP [4]

In France, researchers from the University of Reunion
Island constructed the LGI test cell (Figure 6) to perform
empirical validation of a roof component, which includes
the Radiant Barrier Systems (RBS). This test cell has an
interior volume about 30 m3 to reproduce a typical room.
The test cell envelope has a modular structure and it is
made of insulated sandwich panels (walls), concrete slabs
(floor), RBS composed of aluminium faces and a
polyethylene interface (roof), aluminium window and
glass door. Wall panels are movable, allowing to test
different configuration of components [12].

In the mountain region of the Center Portugal, research
team [13] constructed a small outdor test cell to evaluate
the potential for preheating ventilation air of the ventilated
double window under real-winter conditions. The test cell
is a metallic insulated container with a size of 2,2 x 2,0 x
2,5 m (W x L x H) and it can accommodate a window with
a size of 1,43 x 1,0 m mounted on the south-facing wall.
Two air inlets (50 cm2) were installed at the bottom of the
outer window to reproduce the situation of a double
window without ventilation and to convert it into a
ventilated one.

2 CONCEPT
The research team of the Fraunhofer Italia Research
designed and built the FlexiBox test cell within the
TimBEESt project to validate energy model of timber
buildings enhanced by thermal mass. The concept of the
test cell is based on the previous study of [14]. The intent
of research team was to realize a test cell that can be also
used after the project for other purposes. Therefore, the
concept of the FlexiBox is based on three paradigms such
as flexibility, modularity and prefabrication.
The test cells is considered flexible due to its
interchangeable and movable panels of the envelope.
These panels can be interchanged multiple times while
preserving the structural proprieties of the timber
structure over the time. This flexibility allows testing
different building components at the same time (walls,
roofs, floors, windows). For instance, test cell envelop can
be made of timber components and afterwards it can be
changed with components made of bricks.
Furthermore, the flexibility of the test cell is strictly
connected to the prefabrication and the modularity of the
construction system. Prefabrication of building
components used for testing allows minimizing assembly
and disassembly efforts as well as easing transportation.
The size of FlexiBox is suitable to be transported by truck
or train, thus enabling to position of the test cell in
different locations. The modularity allows achieving the
spatial flexibility. The main structure is a timber frame
that enables to create various cells’ aggregations by
attaching and detaching them both in vertical and
horizontal directions.
The design concept of the FlexiBox is shown in Figure 7.

Figure 7: FlexiBox design concept
Figure 6: LGI Test cell in Reunion Island, France [12]
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3 THE FLEXIBOX TEST CELL
3.1 Main characteristics
The design of the FlexiBox was not based on any known
procedures such as PASSYS or PASLINK. The aim was to
design a flexible test cell that allows changing easily
components of its envelope.
The main features of the test cell are as follows:
•
Interchangeable envelope panels. Their main
structure, which accommodates different building
components, is made in timber frame;
•
Main structure of the test cell is made in timber
beams and columns;
•
Envelope panels are fixed to the main structure by
means of hidden metallic joints;
•
One test room;
•
Airtight test room;
•
Low thermal bridges.

high-density wood fibre insulation; 2) wall in LTF system
with low-density wood fibre insulation and high-density
wood fibre insulation on the external side.
In this paper, only test cell with LTF walls will be
described as an example of the FlexiBox idea and its
design drawings are shown in Figure 8 and Figure 9.

The size of the test cell is based on requirements provided
by research team from the Free University of BozenBolzano (FUB), who was responsible for the energy
simulations of the building model in the TimBEESt
project. The dimension of the test cell is reported in Table
1. The initial concept considered 2,55 m as a maximal
width of the test cell in order to transport it by a truck, but
it was changed to respect requirements of the FUB.
Table 1: Dimensions of the test cell

Outside
dimensions*
Inside
dimensions
Recommended
outside
dimensions

Length
(m)

Width
(m)

Height
(m)

Area
(m2)

Volume
(m3)

2,72

2,72

2,66

7,40

19,68

2,50

2,50

2,09

6,15

12,85

2,55

2,55

< 4,00

6,50

< 25,4

Figure 8: Vertical section of the test cell

* Outside dimensions depend on the thickness of panels.

According to calculation of the FUB, the threshold of the
uncertainty in readings of heat-flux output-signal exceeds
5 % when the external air temperature is 15 °C. To collect
accurate measurements during the monitoring campaign,
the FUB defined that U-value of envelope elements
should be around 0,47 [W m-2 K-1].
3.2 Design
The test cell envelop is subdivided in two structures
(Figure 7): a) the main structure made of a timber frame
with columns and beams; and b) movable and
interchangeable panels that are fixed to the main structure
(a) by means of metallic connectors. The structure (b) is a
thermal envelop and it can be changed multiple times
according to test requirements and type of building
components that should be tested. The structure (b) is
composed of wall, floor and roof panels. Furthermore,
wall panels can accommodate windows as well as doors.
Within the TimBEESt project, two test cells were
constructed because two different type of walls had to be
monitored at the same time. In this specific case study the
following walls were tested: 1) wall in CLT system with

Figure 9: Ground plan of the test cell

3.2.1 Main structure and fixing system
The main structure of the FlexiBox is composed of timber
columns and of beams with the size of 200 x120 mm (W
x H), which create cube edges to hang up/laid panels for
testing (Figure 7). The construction company that was
charged to construct this test cell made a construction
error, modifying the concept of the main structure.
Initially, the floor panel was laid on the bottom beams, but
in the current realization (Figure 10) these beams were
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replaced with a floor panel and consequently columns
were fixed directly on the floor and not any more on the
bottom beams. This error hindered the interchangeability
of floor panels.
Concealed wood connectors (Figure 11) were fixed on the
main structure in order to accommodate envelope panels
and obtain completely hidden joints between the main
structures and panels. Two connectors per each beam and
column were fixed.

The Figure 13 and Table 2 show the composition of these
elements, their thermal dynamic parameters as well as
thermo-physical proprieties of materials (density ρ
[kg m-3]; thermal conductivity λ [W m-1 K-1]; specific heat
capacity c [J kg-1 K-1]. The proprieties of materials were
obtained from technical sheets of the producers. The
thermal transmittance U [W m-2 K-1] was calculated
according to UNI EN ISO 6946 [15] and dynamic thermal
parameters such as periodic thermal transmittance Yie [W
m-2 K-1] and time shift φ [h] according to UNI EN ISO
13786 [16].

Figure 12 Wall panel (without the closing LVL panel)
Figure 10: Main structure of the test cell

Dimensions of panels are reported in Table 3. In this case
study, researchers decided to apply to main structure a
unique panel on each side of the test cell, because the
assembling could finish in a fast way at the carpentry. In
case the opaque components should be assembled on site
(where the test cell is located), it would be recommended
to use smaller size of panels that can be handled easier by
workers.
Table 2: Thermal proprieties of the test cell envelope
U
[W m-2 K-1]

Figure 11: Fixing system for envelope panels

3.2.2 Opaque components
The idea of the FlexiBox is to test multiple times different
building components. In the TimBEESt case study, the
following components were tested:
• Wall in LTF system with low-density wood fibre
insulation and high-density wood fibre insulation on
the external side and timber cladding (Figure 12);
• Floor in CLT system with XPS insulation;
• Roof in CLT system with high-density wood fibre
insulation; thickness.

Figure 13: Opaque elements of the test cell

Yie
[W m-2 K-1]

φ
[h]

Wall

0,46

0,363

4,07

Roof

0,53

0,219

7,61

Floor

0,30

0,094

8,21
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Table 3: Dimensions of opaque elements

Wall

Width
[mm]

Length
[mm]

Thickness
[mm]

2 panels of 2720
2 panels of 2640

2660

110

Roof

2600

2600

145

Floor

2500

2500

185

3.2.3 Transparent components
The test cell is equipped with one window that enables to
access the test room. Nevertheless, more openings can be
tested at the same time. The window, which is installed on
the southern side of the test cell has wooden frame and
double glazing system. The window dimension is of 825
x 1585 mm and glass dimension of 589 x 1370 mm.
Thermal characteristics of the window are reported in
Table 4 and were calculated by the window producer.

transmittances Ѱint, Ѱext [W m-1 K-1]. Parameters related to
thermal bridges are reported in Table 5.
Table 5: Parameters related to thermal bridges
Type of
junction
Wall – Wall
Wall – Floor
Wall – Roof
Wall - Window

Length of
thermal
L2D
bridge
[m]
[W m-1 K-1]
Int.
Ext.
8,84 10,64
0,931
10,00 10,88
0,926
10,00 10,88
1,155
4,82 4,82
0,608

Ѱ ext

Ѱ int
[W m K ]

[W m-1 K-1]

0,0115
0,0012
0,0875
0,0234

-0,0897
-0,1240
-0,0861
0,0234

-1

-1

Table 4: Thermal parameters of the window

Window

Uw
[W m-2 K-1]

Ug
[W m-2 K-1]

Uf
[W m-2 K-1]


[W m-1 K-1]

1,159

1,0

1,0

0,053

Figure 15: Wall detail (horizontal section)

3.2.4 Foundations
The test cell has to be placed on a four point foundations
made in timber blocks (20 x 20 x 20 cm, L x W x H) and
pad footing (60 x 60 x 3 cm, L x W x H). The distance
between points should be 2,18 m. The test cell is raised
from the ground about 35 cm. The disposition of point
foundation is shown in Figure 14. On point foundations is
applied a bituminous waterproofing membrane to
guarantee the durability of timber.

Figure 16: Wall/floor detail (vertical section)

Figure 14: Point foundations of the test cell

3.3 Thermal brides and airtightness
The test cell has a low thermal bridges due to timber
structure and continued external insulation of panels as
shown in Figure 15. The most critical point of the test cell
envelop is the wall-floor junction, where the timber
element is in thermal contact with the point foundation
(Figure 16).
The 2D geometrical models of all thermal bridges were
modelled according to UNI EN ISO 10211 [17] and UNI
EN ISO 10077 [18]. The Therm 6.3® software was used
to calculate the thermal coupling coefficient L2D [W m-1
K-1] and the internal and external linear thermal

Special attention was being given to the airtightness of the
test cell envelope. The junction between panels (wall,
roof, floor) and the main structure were sealed by mean of
indoor tapes. Nevertheless, the Blower-Door Test was not
performed, authors assumed that good airtightness level
was obtained since the application of types during the
assembly was done very carefully.
3.4 Assembly
The test cells were produced and assembled in a local
timber construction company. The assembly steps of the
main structure and floor panel are slightly different from
the initial concept because of error of the construction
company. Consequently, in this paper the assembly steps
of realized test cell are described and are as follows:
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1. Laying of the floor panel with XPS insulation panels
on wooden supports (Figure 17 a);
2. Assembling and fixing of the main structure and
positioning of concealed wood connectors (Figure 17
b);
3. Fixing of the walls panels to the main structure and
applying of the external thermal insulation panels as
well as window (Figure 18 a);
4. Fixing of the roof panel with the wood fibre insulation
to the main structure;
5. Lifting slings are embodied in this part to move the
test cell with a crane (Figure 18 b);
6. Applying of indoor sealing tapes inside to guarantee
airtightness between components and mains structure
(Figure 18 c);
7. Applying windproof and waterproof breathable UVresistant membrane and sealing by using outdoor
sealing tapes (Figure 19 a);
8. Applying timber cladding as an external finishing
(Figure 19 b);
9. Fixing the external sheet metal covering of the roof.

The test cells were transported by truck from the
construction company to the testing place.

3.5 Location and monitoring campaign
The FlexiBox test cell is situated at Frangarto (near
Bolzano city, 46°28'58.6"N 11°16'25.2"E) on the roof of
the Eurotherm S.p.A. company to carry out the
monitoring campaign (Figure 20). The position of test
cells were optimized in order to avoid any shadow from
building volumes and objects on the roof. The Figure 21
shows that any shadow falls on test cell during the winter
(21/12), when the sun is at a lower altitude angle.

Figure 20: Actual location of test cells

Figure 21: Position of test cells on the roof in winter
Figure 17: Assembly steps: a) Step 1; b) Step 2

Figure 18: Assembly steps: a) Step 3; b) Step 5; c) Step 6

Two test cells were monitored by FUB from May to
September 2015. During the monitoring campaign, no
HVAC system was used and, thus, indoor temperature
was under free-floating condition based on external
climatic conditions and thermal response of the envelope.
The monitoring campaign collected the following thermal
parameters, considering the registration with automatic
time-step every 5 minutes:
• Internal and external air temperature [°C];
• Indoor and outdoor surface temperature of all building
components (walls, roof and floor) [°C];
• Heat fluxes through walls, measured at the inner side
[W m-2].
The data were used to confirm the different dynamic
behaviours of the two timber technologies (CLT and LTF)
and to calibrate and validate the energy dynamic
simulation of building models.

4 CONCLUSIONS

Figure 19: Assembly steps: a) Step 7; b) Step 8

Within the TimBEESt project, the design concept of
flexible, modular and prefabricated test cell – i.e.,
FlexiBox was elaborated. Two test cells were built and
located near Bolzano city in order to measure the thermal
performance of timber building components in real
dynamic conditions. This paper provides the information
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on design and assembly procedures as well as thermal
parameters of tested components.
The FlexiBox test cell can be used for different tests that
may help to develop new standard test methods, validate
simulation tools, etc. This test cell could be improved by
adding a routable platform instead of point foundations in
order to track the sun position.
Due to the three design paradigms (flexibility, modularity
and prefabrication), the strength point of the FlexiBox
concept is multi-functionality, not only in the field of
outdoor testing, but also in architectural context. This test
cell could be adapted and used as a housing unit, creating
single units (emergency shelter) or settlements.
In 2017, the FlexiBox test cells should be moved from the
current location to the Technology Park in Bolzano city.
Test cells will be a part of the Automation Lab and they
will be used to test controlling and automation systems
within the building context.
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A COMPARATIVE STUDY ON ECOLOGICAL IMPACT OF TIMBERGLASS-FAÇADE AND CONVENTIONAL FACADE SYSTEMS
Vitalija S.Pascha1, Wolfgang Winter2

ABSTRACT: It is crucial to run a Life Cycle Assessment analysis (LCA) in order to evaluate environmental impacts of
using different construction materials aiming to find the ways to reduce CO2 emission and greenhouse gases in building
sector, which demonstrates a high share of consumption of energy and raw materials as well as related damage to the
environment. The newly developed timber and glass composite (TGC) is seen to be highly potential as an ecological
alternative to conventional aluminium facade. This paper presents an environmental impact study of the TGC based façade
in comparison to conventional façade systems. Moreover, a review of recently published studies on environmental impact
of different facade systems is presented together with a discussion of differences in LCA methodologies applied in the
studies and their influences on the results.
KEYWORDS: Life cycle assessment analysis, LCA, facade, timber, glass, energy.

1 INTRODUCTION

123

Nowadays we are facing the so called Energy-Turn, the
transmission of fossil-based energy supply to renewable
energy sources. Moreover, the material components have
gained an important role in the discourse of energy in
building sector. The energy flows considered within the
whole life cycle of materials and components used as well
as their environmental impacts (LCA) puts the new level
of valuation of sustainability. The aim to reduce CO2
emission and greenhouse gases means that building will
have to deal with ecological materials in addition to use
of renewable resource. It became crucial to run a Life
Cycle Assessment analysis (LCA) in order to evaluate
environmental impacts of using different construction
materials.
As a result, within the following years various studies and
research projects were handled to investigate
environmental impacts of different facade systems
presenting different outcomes. The results of LCA are
strongly depending on the calculation boundaries and the
choice of data base for collecting the information on
materials and processes, which builds the background for
calculation and is directly related to data quality. The
deeper understanding of calculation methodologies as
well as detailed knowledge of estimations and
assumptions made within the exact calculations is
1Vitalija S.Pascha, PhD Candidate, Vienna University of
Technology, e1325769@student.tuwien.ac.at
2
Wolfgang Winter, Vienna University of Technology,
winter@iti.tuwien.ac.at

necessary to be able to compare the results of different
studies or to set a comparative analysis.

2 TIMBER-GLASS COMPOSITE
FACADE
The objectives of recently finished international research
project “Load bearing timber-glass composites –
LTBGC” within the framework of WoodWisdom-Net
Program was to investigate the potential of load-bearing
timber-glass technology, the optimization of bond
properties and to investigate of the load-bearing
behaviour of the composite. The timber-glass composite
(TGC) is based on a gentle load transfer to the glass pane
through the circumferential adhesion of adapter frame on
all four edges of the glass. With the potential to act as a
bracing structure for a building stiffening TGC can form
a building envelope, which in contradiction to a
conventional load-bearing structure that tends to be
opaque, is capable to provide a high degree of
transparency. Two different principles of mounting the
glass pane have been developed: 1) using a continuous
adhesive bound line along the perimeter of the glass pane
and 2) using a combination of adhesive mount and
stiffening blocks at corners, transferring the external load
by contact with the edge of the glass (Figure 1) and been
testes in previous research projects and works ([1], [2],
[3], etc.). TGC shear wall of 2,40m x 2,40m was tested
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under short-term and long-term loading and the capacity
to resist load of approx. 80kN were concluded in a
monotonic static test in accordance to EN 594. [4]

•

Cradle-to-Grave: production, use and end-oflife, covering all life cycle stages. In addition,
benefits and loads beyond the system boundaries
(Module D) may be included.

As the data collection and it’s quality has a great influence
on reliability of results the regulation requires that the
data base used for information collection must be clearly
stated to ensure the correctness and comparability of
calculation. Moreover, any estimation must be clearly
presented and described. The use of reliable standardized
data basis may ensure the comparability of various
studies.
Figure 1 and 2: 1.(left) Detail of using a continuous adhesive
bound line along the perimeter of the glass pane and 2.(Right)
Detail of using a combination of adhesive mount and stiffening
blocks (right). [5]

It is well know that wood, in comparison with other
building materials, generates lower environmental
impacts. Its capacity to incorporate and store CO2, low
process energy requirement, high recyclability increases
its potential to become a mayor building material.
Furthermore, the excellent material properties of timber,
as a material with very low thermal conductivity, increase
its applicability for facade-interface between inside and
outside conditions. Therefore, TGC is seen to be highly
potential as an ecological alternative to conventional
aluminium facade. The environmental impact study in
comparison to conventional façade systems aims to
evaluate this potential.

3 COMPARATIVE LIFE CYCLE
ASSESSMENT ANALYSIS (LCA)
3.1 LCA calculation boundaries
LCA is an evaluation of the environmental effects of a
product or activity holistically, by analysing the entire
lifecycle. To enable the clear understanding and
comparability addressing environmental impacts of
buildings, building products and works the environmental
product declaration (EPD) was created as a set of rules
and regulations regarding environmental impact
calculation using independently verified life cycle
assessment and includes a set of standards (EN
15804:2012+A1:2013,
ISO
14040:2006,
ISO
14044:2006, etc.)
The Module based calculation frame allows classifying
the data of various processes in structuralized way with
clearly defined mandatory processes for 3 different types
of EPD as its defined in EN 15804:2012. These type are:
• Cradle-to-Gate: production of material or
building components, with mandatory modules
A1 (raw material supply), A2 (Transport), A3
(manufacturing);
• Cradle-to-Gate with option: production stage
with any additional stage(s). Can be used for
comparison analysis in accordance to conditions
stated in EN 15804:2012+A1:2013.

3.2 Comparative LCA study on TGC façade and
conventional façade systems
The goal of this study is the first phase of LCA analysis
that aims to gain an out-coming knowledge to help
formulating design parameters for further development of
TGC based facade to address environmental issues. It
intends to investigate what materials and components of
the composite cause the greatest impacts and where there
is a highest potential for optimization. Furthermore, the
study analyses how different are environmental impacts
of materials used in different conventional facade systems
and TGC assemblies for facade application.
It focuses on influence of material choice for glassed
building envelope on environmental impact therefore
takes into account modules directly related to the
materials used in façade construction.
The calculation boundaries are Cradle-to-Gate with
option in accordance to EN 15804. It addresses mandatory
production stages A1-A3:
A1 - raw material extraction and processing, and the
processing of secondary material input (e.g.
recycling processes);
A2 - transport of raw materials and inputs to the
manufacturer;
A3 - manufacturing of the products, and packaging
This stage includes the provision of all materials, products
and energy, as well as waste processing up to the end-ofwaste state or disposal of final residues during the product
stage. In addition to the outputs of the product stage, the
system boundary also includes any other output leaving
the system that has a value associated with it. All energy
used in factories and factory support offices is included,
but head offices and sales office, etc. not. [6]
Benefits and loads beyond the product system boundary,
Module D, covers the net benefits and loads arising from
the reuse of products or the recycling or recovery of
energy from end-of-waste state materials resulting from
the construction stage (A4 – A5), the use stage (B1 – B7)
and the end of life stage (C1 – C4). Thus, Module D is
applied only to products/materials which substitute other
materials or fuels in another product system (e.g. as
secondary materials and energy carriers) and have
reached the end-of-waste state. [6] It was included into
the calculation as potential value referring to the Best-case
scenario. As defined in database, Module D must be
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accompanied with the values of end-of-life module C3,
which is consisting of following processes: waste
processing for reuse, recycling, and energy recovery.
All the relevant background data for production and
disposal of materials were taken from Ökobau.dat:2013.
This database is collected by Bundesministerium für
Umwelt, Naturschutz, Bau und Reaktorsicherheit
(BMUB), Germany. It provides high level of reliability as
it is manufacture independent data collection, maintained
by BMUM.
A comparative analysis is made for a specified unit of 1
square meter of reference facade. The reference facade in
all cases is post and beam construction with a grid of
1.35 m and height of 3.50 m (Figure 3). The reference
facade refers to a fully glazed building envelope with a
maximum level of transparency. It was used to calculate
the amount of materials (material factor) used in one 1
square meter of facade. Estimates and assumptions: due
to the fact, that choice of glazing for transparent
components has on the LCA a rather low influence and in
the various facade constructions glazing has very equal
specifications, insulated glass unit (IGU) was excluded
from LCA calculations.

Figure 4: TGC L-Profile, Department of Structural Design and
Timber Engineering (ITI), Vienna University of Technology.

Table 1: The key material values of TGC L-Profile, and
environmental impact values of 1m2 of facade.

The calculation demonstrates that production of 1m2
facade from TGC L-profile, incl. substructure, will
contribute to 348,03 MJ of total primary energy demand
with the reuse, recycle and energy recovery potential of 98,42 MJ. This comes to 249,61 MJ of total primary
energy demand which consist of 160,54 MJ PEI
renewable and 89.07 MJ of PEI non-renewable energy
and results to 6,76 kg of CO2 eq (Table 1, Chart 1).
Figure 3: A schematic representation of reference façade taken
for comparative LCA analysis.

Four types of facade were analysed: 2 different assemblies
of TGC facade (Figure 4 and 5), aluminium profile facade
(Figure 6) and aluminium-timber profile construction
(Figure 7).
Timber-glass composite of L-profile in the facade
application forms a system of substructure (laminated
timber stud) and TGC composite glazing element: an
adapter frame (birch veneer plywood) with IGU
(insulated glass unit) glued along all four edges of the
glass pane with silicon adhesive: Otto Coll S660 (Figure
4). The frame is insulated with joint insulating seal (PE)
followed by weather seal (Otto Seal S7). The compression
edge bond (Hilti), which is placed punctual on the four
corners of glass pane is included into the LCA calculation,
as well as Thermal bond, that aims to ensure constant
thickness of an adhesive during production of TGC
elements.

Chart 1: LCA results of total values for primary renewable and
non-renewable energy use and global warming potential of
TGC L-profile.

Timber-glass composite of I-profile differ from TGC Lprofile in the use of flat adapter frame (Figure 5). Here the
horizontal loads are taken by adhesive bond.
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Figure 5: TGC I-Profile, UniGlas.

Table 2: The key material values of TGC I-Profile, and
environmental impact values of 1m2 of facade.

1m2 of TGC I-profile facade, incl. substructure,
production results to 253,65 MJ of total primary energy
demand with the reuse, recycle and energy recovery
potential of -84,05 MJ. A total primary energy demand of
169,60 MJ consist of 127,89 MJ PEI renewable and 41,70
MJ of PEI non-renewable energy and results to 2,60 kg of
CO2 eq. (Table 2, Chart 2).

Figure 6: Aluminium profile, in accordance to Schüco.

Table 3: The key material values of aluminium profile, and
environmental impact values of 1m2 of facade.

The production of 1m2 aluminium facade contributes to
1827,97 MJ of total primary energy demand with the
reuse, recycle and energy recovery potential of -1127,07
MJ. A total primary energy demand of 700,90 MJ consist
of 102,75 MJ PEI renewable and 598.15 MJ of PEI nonrenewable energy and results to 43,50 kg of CO2 eq.
(Table 3, Chart 3).

Chart 3: LCA results of total values for primary renewable and
non-renewable energy use and global warming potential of
aluminium profile.
Chart 2: LCA results of total values for primary renewable and
non-renewable energy use and global warming potential of
TGC I-profile.

Conventional aluminium post-and-bean facade consist of
main aluminium profile (stud), inner sealing profile outer
seal (EPDM), a pleasure plate and outer cover profile of
aluminium (Figure 6).

The aluminium-timber facade has timer stud instead of
aluminium and analogue outer aluminium profile with
inner and outer sealing profiles of EPDM (Figure 7).
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Chart 5: Comparison of LCA results of reference facades on use
of resources.

Figure 7: Aluminium-timber profile, in accordance to Kerto
concept.

Chart 6: Comparison of LCA results of reference facades on
environmental impact, Global warming potential.

Table 4: The key material values of aluminium-timber profile,
and environmental impact values of 1m2 of facade.

The production of 1m2 aluminium-timber facade comes to
1097,62 MJ of total primary energy demand with the
reuse, recycle and energy recovery potential of -555,16
MJ. A total primary energy demand of 542,46 MJ consist
of 199,09 MJ PEI renewable and 343,37 MJ of PEI nonrenewable energy and results to 22,10 kg of CO2 eq.
(Table4, Chart 4).

We can see, that in case of aluminium and aluminiumtimber facades, a large part of energy demand emerges in
the production of the raw materials (aluminium); while in
case of Timber-glass composite facades a major part of
energy demand is carried out by the lamination of the
veneer plywood and production of silicon. The share of
renewable and non-renewable primary energy required
for the production of compared facade systems as well
varies strongly: up to 75% of energy demand is based on
renewable sources for TGC I-profile facade and only 15%
in case of aluminium profile (37% aluminium-timber
profile).

4 A REVIEW ON LCA STUDIES OF
FACADE SYSTEMS AND WINDOW
PRODUCTS

Chart 4: LCA results of total values for primary renewable and
non-renewable energy use and global warming potential of
aluminium-timber profile.

3.3 LCA Results & interpretation
Results of LCA analysis have shown, that the use of
aluminium as a basic construction material for glazed
building envelopes presents up to 4 times higher primary
energy demand then timber based (TGC) composite in
stages of façade production with included reuse, recycle
and energy recovery potential (Chart 5) and presents up to
16 times higher CO2 emissions (Chart 6). These results
demonstrates an outcome which is completely based on
values of data basis without any further estimation on
material or energy substitution.

In recent year various studies and research projects were
conducted and published on environmental impacts of
different facade systems and windows, where relatively
large differences in outcomes of the studies can be
observed. For the transparent components of facade the
choice of materials has a rather low influence on
environmental impacts. The production of 2-pane
insulated glass units reaches 432,7MJ/m2 primary energy
demand. The highest energy demand increase can be
observed by increase of glass weight for example in case
of large glazing formants, implementation of which
involves glass panes of a greater thickness, as well as
increase number of panes (3-pane insulated glazing). On
the other hand, the additional coatings and foils of glass
for an improved performance and equally the safety
glazing are expected to have a reasonable influence on
environmental impacts. However, there is still little to no
background data available on the impact of such materials
and processes. [7]
Therefore, frame materials of glass facades are of a great
importance due to their high influence on environmental
impacts. As it is concluded in the study of Khouli, et al.,
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Nachaltig konstruieren, 2014 [7], the increased recycling
rates of approximately 35 to 95% for aluminium and from
2 to 70% for PVC does not change the environmental
favourability of timber composites (Figure 1). The study
results are presenting LCA values for windows of a size
1,25 x 1,4m, with U-Value: 1,4W/m2K and g value: 0,6,
for different frame material (incl. all components), in a life
cycle of 50 years for production, installation and end-oflife phases. Within the period, frame coating service life
was taken: 8 years, frames: 40 years, all other materials:
50years. Here aluminium window demonstrates total
primary energy demand of 3195MJ (2885MJ PEI Nonrenewable and 310MJ PEI Renewable), timber frame
window – 3048MJ of total primary energy demand with a
share: 1882MJ PEI Non-renewable and 1166MJ PEI
Renewable, timber-aluminium frame window: 3221MJ of
total primary energy demand (2009 PEI Non-renewable
and 1212MJ PEI Renewable) and PVC frame window:
3739MJ total primary energy demand (3678MJ PEI Nonrenewable and 61MJ PEI Renewable) (Figure 8). And the
results of global warming potential lays for aluminium –
209,1 kgCO2eq.; timber 40 kgCO2eq.; timber-aluminium:
57,5 kgCO2eq. and PVC: 360,8 kgCO2eq. (Figure 8)

Figure 8: A representation of primary energy demand of
different window types by Khouli, et al. [7]

Figure 9: A representation of global warming potential of
different window types by Khouli, et al. [7]

Study outcome has demonstrates, that by evaluation of
window with frames with higher thermal performance the
difference of aluminium and timber-aluminium windows
is relatively small. That is mostly because the service life
factor cost a major influence on environmental impacts.
This is a special true for timber windows and facades.
Timber frame of wood types of lower resistance (spruce,
larch, etc.) has a service life of 40 years and frames from
higher resistant wood types (oak, etc.) reaches 60 years.
[7] Thus, for an improvement of durability for timber
frames a constant renewing of coating is necessary and
this has a strong influence on environmental impacts due
to chemical treatment of wood.
According to Khouli, et al. timber based systems are
demonstrating better results for curtain wall facades as
well. The performed analysis for facade elements of
different design within a size: 1,25 x 2.75 m for a period
of 50 years showed, that the part of share of frame

material and proportion plays an important role in total
primary energy demand, where the less is the better. By
reducing the opening units, the separations and number of
openings offer a possibility to reduce amount of synthetic
materials used for sealant and insulation of the frame,
which can reasonably lower negative environmental
impacts. Where the results varies up to 100%. [7]
Several different types of curtain wall facades were
evaluated in respect to LCA in the study of Wadel et al.
back in 2012 [8], where newly developed Lightweight
modular facade FB720 have been analysed in various
design solution and compared to a standard modular
curtain wall (MCW) and standard traditional facade (TF).
The lightweight FB720 aims to reduce the excessive
reliance on the use of materials with high environmental
impacts (aluminium, steel, polymers, etc.) and promotes
combination by incorporating local materials that are
renewable or recycled. The proposed composite is made
of a framework with small cross-section of aluminium
bars (100% recycled aluminium), which provides basic
specifications for assembly, mechanical work, water- and
air-tightness. The load-bearing capacity is complemented
by additional reinforcements, where a wide range of
alternative materials is possible, among tested are
laminated wood, recycled PVC and UHPC (ultra-high
performance concrete, reinforced with fibers). [8]
Notable is the methodology of calculation in which the
scenario for life cycle of calculation is defined as
following: in the period of 50 years 35 are initial years of
maintenance and 15 years of a second period, once the
first period has been completed and the wall been
replaced. The results gained differ notably due to different
strategies of facade typologies analysed for their materials
used and prefabrication (natural renewable materials and
recycled industrial materials that are separable and
recoverable in the case of FB720, and industrial materials,
few of which are recycled, that often cannot be separated
or recovered in the case of MCW). In case of MCW, the
wall replacement at 35 years of life service has an impact
of equivalent to the construction of a curtain wall for the
first time, which in other cases has a replacement of
component instead of the whole wall. This LCA has been
made for the phases of production, construction,
maintenance, demolition and final waste management. [8]
According to Wadel et al., the differences in the impacts
of prefabricated and in situ systems are most evident in
construction phase. This is due to the fact that within
prefabricated systems many operations are brought
together and made more efficient resulting in reduced use
of machinery in the workshop and on the building site,
less direct consumption of materials and less waste
generation. Moreover, waste generated in workshop is
easier classified and can be recycled in a higher
proportion. [8]
Considering the durability of curtain wall facade systems
and their service life, the study calculates an alternative,
proposing to increase the useful life of the entire facade
from 35 to 50 years. Initially, based on existing market
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knowledge on the durability of curtain walls, was
assumed that almost entire facade would need to be
replaced at 35 years. This is the case for curtain walls
constructed in 1070s, where the main damage gained by
loss of water and air tightness due to the deterioration of
joints and little thermal insulation or solar protection. As
the durability of recently manufactured curtain walls is
still not known, they are expected to be more durable
while improvement and developments in flexible
materials used in joints may offer loner useful life. The
alternative calculation takes an increased useful life of
facade to 50 years for all the materials except for the joints
and the sealing chords and introduces a resealing phase
which is planned at 15 years and 30 years together with
additional construction equipment needed to apply this
material on the facade. This results to additional
0.027MJ/m2 energy impact in comparison to
442,91MJ/m2 of energy demand in case of the
replacement of whole facade. Therefore, the energy
saving could reach almost 100% for the impact of this
phase. [8]
The study by Popp et al. [9], published in 2015, made a
comparison life cycle assessment of different window
materials as a potential analysis for housing, which was
funded by AFI (Aluminium-Fesnster-Institut). Several
scenarios have been investigated: a long-term of 60 years
life cycle, short-term of 30 years and the evaluation of
average values from literature for aluminium, timber,
timber-aluminium, PVC and PVC-aluminium types of
windows.
Within the long-term scenario service life of aluminium
window was estimated: 60 years, timber and timberaluminium windows: 40 years and PVC, PVC-aluminium
windows: 25 years. This means that during the analysed
period timber and timber-aluminium windows will be
replaced once and PVC based windows 3 times, thus
aluminium windows keep one initial installation.
Additional renewal of sealing joint is included every 25
years, handles and fittings after 40 years. In a short-term
scenario of 30 years period with initial one installation
without any replacement was taken for all types of
windows as well excluding any renewal of other
components. The 3rd scenario according to average values
of literature is based on period of 50 years, within which
aluminium and timber-aluminium window won’t be
replaces, and timber, PVC and PVC-aluminium windows
will be replaced once.
Long-term scenario presents a greater favourability of
aluminium facade due to it’s long service life taken for the
calculation in comparison to other types of windows, for
which additional replacement contribute to a big increase
of environmental impacts and higher energy demands. [9]
The study notes that knowledge on durability of different
window systems is very different in up-to-date available
literature and moreover may be even more variable in the
practice. Also an inequality of background data in various
data bases is presented as an example of global warming
potential calculation for 1m2 of aluminium facade

(production and end-of-life). This example presents the
results of 89 kgCO2eq. of 1m2 of facade according to
ökobau.dat, 43 kgCO2eq. according to ecosoft and 51
kgCO2eq. ift-Rosenheim. [9] Therefore, for the life cycle
assessment data was collected from available EDPs and
direct interviews of production companies. For the Credit
of recycling potential recyclability of aluminium is
estimated 98%, where recycled aluminium can substitute
up to 100% of aluminium compound in production. Glass
recyclability estimated: 90% and PVC: 95% where
recycled PVC-granulates can substitute up to 100% of
PVC compound in production. The material recovery in
end-of-life phase for timber is taken 95%, from these 90%
will be burned for energy recovery, which will substitute
non-renewable energy.
Calculation results to a relatively similar values in the
long-term analysis due to a very high credit value for
aluminium window. In contradiction to other reviewd
studies, here timber window in the end calculation present
higher total primary energy demand (1008 MJ) than
aluminium (843 MJ) and the best performing is PVC
window with (671 MJ). The bigger difference is observed
for global warming potential, where timber window
results to 27 kgCO2eq., aluminium 51 kgCO2eq. and PVC
36 kgCO2eq.

Figure 10: A representation of LCA results on primary energy
demand for a long-term analysis (60 years period) in
accordance to the study of Popp et al. [9]

Figure 11: A representation of LCA results on global warming
potential for a long-term analysis (60 years period) in
accordance to the study of Popp et al. [9]

5 CONCLUSION
Based on values of data basis the production of TGC
façade incl. reuse, recycle and energy recovery potential
comes to 4 times lower primary energy demand and 16
times lower CO2 emissions than aluminium facade. This
does not include any material or energy substitution

WCTE 2016 e-book | 3220

scenario and the durability aspects within the life cycle of
façade. Furthermore, the TGC-façade allows using glass
for a load-bearing function so that additional bracing
elements for stiffening the building can be omitted or
reduced, demonstrating additional benefit on resource
saving. This potential was not yet included in the
calculation. The analysis was done to form a basic
understanding on material used in facade influence to
environmental aspects. Together with overview of recent
studies, this investigation aims to help to formulate a
realistic scenario(s) for the next phase of LCA calculation
on TGC environmental performance in comparison to
conventional façade systems, where maintenance,
durability and service life of components, as well as,
realistic reuse recycle and energy recovery potential will
be evaluated.
Despite, the fact that window and façade systems are very
different in the specification of the their construction and
the results may not be comparable in between, the
overview of recent studies reveal several different
approaches towards methodology of life cycle assessment
and the estimations that must be done due to insufficient
background data available and demonstrates that these
factors has a significant influence on results.
Methodologically, the period of 50-60 years, may be seen
as inappropriate for a comparison study of different
facade systems. As it is observed in revised studies, the
service life of different window frame materials varies
strongly and often is a matter of estimation, where in all
discussed studies, the taken time scope for LCA was 50
or 60 years, is coincident with the service life limit of
aluminium facade. This way the durability aspect of
different facade systems may not be fully evaluated and
compared as well as influence and level of replacement
and renewal. Not only the service life of various
components is different but the replacement of those
components may involve a different level of facade
renewal (replacement of frame with insulated glass unit,
replacement of the whole facade, a necessity to replace a
substructure, etc.).
Furthermore, for the facade systems where wood
components are not exposed to weathering (like TGC
facade) a reasonable scenario for maintenance of sealing
joints and thermal insulation components provides the
possibility to propose a longer service life period due to
the expected better durability performance.
In addition, greatest difference in results in analysed
studies appears due to the differences in reuse, recycle and
energy recovery potential calculation (module D). Here,
the scenario for material recyclability and recovery, their
reuse and the energy recovery substitution and their
values are the major cause of different LCA results. The
study of Khouli, et al. [7] presents results on primary
energy demand for aluminium window: 3195 MJ and
3048 MJ for timber window, thus study of Popp et al. [9]
with rather big credit comes to 843 MJ for aluminium
window and 1008 MJ for timber. An open question still is
the calculation of recycle and recovery potential and it’s
substitution of primary energy demand and emissions,

which is not clearly presented. It is not clear if the amount
of recycled material that reached end-of-life phase was
taken as a substitution of equal material for the total
production phase (A1-A3) or as a substitution for raw
material (A1) and the further processing of facade
elements in production phase is evaluated.
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Environmental performance of timber constructions located in highly utilised
area - based on realised buildings made of sawn timber or CLT
Yu-hsiang Yeh1, Chih-kang Chiao2
ABSTRACT: The purpose of this research is to evaluate the environmental performance of various timber
constructions that have been realised within intensively utilised area in recent years. The appraisal is carried out by
means of life cycle assessment (LCA) and covers different timber constructions, mainly the multi-storey building. The
ultimate goal is to compare their environmental performance to the outcomes of other constructions like reinforced
concrete (RC) and steel construction (SC).
The environmental burdens caused by constructions are evaluated based on the framework of LCA. First, the material
inventory of selected building projects is established. The scope is emphasised on the primary structural elements such
as columns, beams, deck, load-bearing wall and roof. Secondary components, facility and decoration are eliminated out
of the research boundary. Based on the material inventory, the impact assessment is carried out to preliminarily
calculate the embodied outcome of the timber constructions. The environmental implications of structural elements
during early life cycle stages are evaluated. Then, the effect of both disposal and material recycling is integrated in the
LCA, including reuse or recovery of the structural wooden components. The LCA takes into account different disposal
scenarios associated with construction and demolition waste (C&DW). By doing so, the LCA is the so-called ‘from
cradle to gate’ and ‘gate to cradle’, without consideration upon the using phase. Among numerous environmental
indictors, this research quantifies and discusses the energy consumption and global warming potential (GWP) of the
timber buildings only.
The five-storey timber building located in urban context is a pioneer project in Taiwan. This building applies crosslaminated-timber (CLT) as the primary structural elements and takes over tremendous loading circumstances. It
demonstrates not only the engineering feasibility of CLT for architectural design but also the utilising compatibility of
wooden house in urban context.
The environmental evaluation proofs the ecological efficiency of timber buildings. In addition, this study compares the
environmental performance of timber constructions and other materials. Alternative building models made of RC and
steel are developed and intended for further LCA. The LCA results demonstrate that timber constructions cause
significantly less impacts than RC and SC do. Timber constructions exhibit carbon sequestration effect, which is unique
among three materials. Meanwhile, timber constructions consume only about 20% energy of the RC and SC. While
possessing similar form and functionality, timber constructions exhibit better eco-efficiency compared to other
generally used materials. When the material recycling is taken into account, the life-cycle eco-efficiency of timber
structures is further significant. Wooden constructions can be energy-neutral or even energy-productive, depending on
the recycling strategies.

KEYWORDS: Timber construction, LCA, Cross laminated timber (CLT), Multi-storey timber building

1 INTRODUCTION 123
A variety of studies related to sustainable constructions
have been carried out in recent decades. The subjects
1
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2
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comprise various aspects, such as finding ecological
materials and developing specific constructions that
cause less environmental burdens. In order to dealing
with these problems, the evaluating methods remain
progressing and integrate a wider range of technologies
for the appraisal about environmental efficiency.
Building constructions’ environmental performance is
gaining more attention, since the building sector
accounts for the majority of environmental impacts
generated in an economic entity. The estimation methods
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for buildings’ eco-efficiency are based on the concept of
life cycle assessment (LCA). Along with the tendency
for sustainable building, LCA has been rapidly
developing and become a reliable tool for assessing the
ecological performance of buildings since these two
decades [7][14]. For implementation, however,
sustainability appraisal for building constructions
presents difficulties, including definitely determining the
system boundary for estimation, inspecting the material
flows and acquiring adequate environmental impact
databases [3].
In early years, the studies based on the LCA method
were focused on energy consumption and associated
environmental emissions during the production phase.
Cole has evaluated the energy consumption and
greenhouse gas emissions of various structural
assemblies during their construction phase [6]. The
appraisal takes into account three aspects of energy
utilisation: the on-site equipment use, equipment and
material transportation, and worker transportation.
Numerous studies have drawn consistent conclusions
that the operation phase is dominantly significant in the
whole life cycle of building constructions. Rossi et al.
indicate that the environmental burden caused during the
operation phase is significantly higher than the embodied
implication [13]. In terms of carbon emissions, the
utilisation stage generates 89% of the total quantity,
while the embodied result is only 11%. Furthermore, the
utilisation phase accounts for 94% of lifetime energy
demand, while embodied energy is 6%.
Although the using phase is significant in the buildings’
life cycle, some LCA studies have proved the subsequent
influences deriving from the early life cycle phases.
Adalberth et al. and Peuportier drew similar conclusions
that concrete structures generate the greatest magnitude
of global warming potential (GWP) and acidification
consequences compared to other constructions [2][12].
Furthermore, choosing appropriate building materials
reduces not only the energy depletion due to the
production processes but also the long-term energy
demand during the utilisation phase. The decisionmaking in the early stage of a building can influence the
entire consumption and associated emissions in many
ways [1][2][12].
Some studies have been dedicated to analysing the
ecological performance of structures. Gustavsson and
Sathre appraised the energy and CO2 balance of
structures made of wood and concrete [9]. They took a
number of variations into account and evaluated the
consequences of these alternative schemes. They drew
three noticeable conclusions. First, eco-friendly solutions
are preferable for optimising the energy and CO2 balance.
Second, recovering energy from wood-based byproducts such as biofuel has a significant positive effect
for both environmental impact categories. Third, woodframed structures have a lower energy and CO2 balance
than concrete frames in almost every case.
As stated by various studies, timber structures exhibit
better environmental performance compared to other
constructions. In terms of energy consumption and GWP,
timber results in less implication among a variety of
building materials. Besides the sustainability, modern

timber structures demonstrate reliable efficiency with
regard to structural performance.
Based on the former studies, some issues have to be
settled in order to scientifically compare the ecoefficiency of diverse building materials, particularly in
the level as whole assembly. First, the estimation has to
select appropriate buildings made of different materials
and evaluate their environmental impact. Second, the
material inventories of each building are established and
the impact assessment can be carried out. Finally, the
LCA has to apply calculation tool, feasible database and
reliable method. Along with Eco-Invent Database,
SimaPro is a widely applied program to evaluation the
environmental impacts generated by a variety of
products or constructions.

2 METHOD
The entire comparative LCA in this study comprises four
steps:
1. Selecting benchmark building, which is basically
timber structure and realised in recent years. The profile
of this timber building has to be generally applicable for
alternative building materials.
2. Developing alternative building models based on the
profile of benchmark building. In this research, RC and
SC buildings are the compared targets.
3. Evaluating the environmental implication of diverse
buildings by means of simulating tools. This step has to
comply with the framework and concept of LCA. The
appraisal in this research is focused on certain life cycle
phases only.
4. Imposing presumed data for the C&DW disposal or
recycling scenario. This step needs sophisticated setup in
order to simulating various disposal strategies. By doing
so, the calculation result reveals the contribution of
material recycling in LCA.
2.1 TIMBER STRUCTURE
The purpose of this study is to analyse and compare the
environmental performance of constructions made of
other materials. In order to carry out a comparative study,
the estimation task has to determine a constructional
prototype. Such a construction must fulfill several
principles:
1. A simple and universal tectonic profile, which is
compatible with and applicable for diverse materials;
2. An explicit load-bearing system, whose structural
elements can be rated into distinct hierarchies, in both
vertical and horizontal dimensions;
3. An abstract form, whose structural behaviour and
concept can be considered reasonable for various
building assemblies.
With regard to the prerequisites stated above, an
extensive construction realised in Brakel, Germany, was
chosen as the benchmark building model. As a twostorey house with a post-and-beam system and inclined
roof, this building embodies a simple, effect and
generally feasible structure. The profile of the
benchmark building is shown as Figures 1 and 2.
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The layout of this building is shown in Figures 3 and 4.

Figure 1: Benchmark building located in Brakel, Germany

Figure 3: Benchmark building in urban area in Taiwan

Figure 2: 3D model of the benchmark building in Germany

Named as multi-storey timber building, the construction
in Brakel can be categorised as low-rise house. In order
to compare buildings’ eco-efficiency in different scale,
the appraisal task needs another mid-rise benchmark
building. Analysing higher building project contributes
to further prove the ecological efficiency of timber
construction. Meanwhile, the appraisal is focused on the
environmental performance of advanced engineered
timber as well. Therefore, the second LCA in this paper
comprise a timber building with larger scale, greater
height and modern engineered timber, i.e. CLT.
The other timber structure is a 5-stroey building located
in an urban area in Taichung City, Taiwan. Realised in
2014, this building is made of CLT and serves as an
office building. Unlike other multi-storey timber
buildings that may comprise an RC part, this building is
substantially made of CLT. The main structural parts,
including load-bearing wall, partition wall, floor and
staircases, are CLT or other engineered timber. Even the
ground floor is composed of wooden walls. The
connections are specifically fabricated steel joints,
intended for combining the panels perpendicular to each
other. Nevertheless, the foundation is RC and raises the
whole timber construction about 1.2 meters above the
ground level, protecting the building from moisture.
Currently, this building is a representative CLT
construction in Asia, demonstrating that the modern
timber structure is compatible in urban context and
feasible in seismic prone area.

Figure 4: Elevation of the 5-stroey CLT building in Taiwan

Unlike the former benchmark building, whose structural
system is suitable for a variety of materials, the 5-storey
building is structurally reasonable for CLT and RC. The
load-bearing elements of this building are made of thick
and solid board. Such massive board is not compatible
for steel construction. Therefore, only RC model will be
developed for the comparison about impact assessment.
Then, the alternative building constructions are figured
out according to these benchmark buildings.
Based on these two building projects, the impact
assessment in the study consists of two sections, that is,
low-rise and mid-rise building constructions. A wider
range of estimation contributes to demonstrate buildings’
environmental efficiency in more comprehensive ways.
2.2 ALTERNATIVE CONSTRUCTION
Compared to conventional LCA, the evaluation in this
research provides an aggregative and quantitative
comparison of the ecological performance of whole
structural assemblies, rather than individual or exclusive
evaluation results.
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According to the chosen benchmark building, alternative
constructions made of concrete and steel are developed.
These alternative models are of approximately the same
forms and profiles as the benchmark construction but
have certain modifications to the details.
As far as the concrete building is concerned, the amount
of reinforced steel (referred to as re-bar hereinafter) has
to be determined quantitatively to establish the material
inventory. Given specific assumptions in this study, the
volume of re-bar accounts for about 2.4% of the entire
element. In other words, the re-bar’s weight is
approximately 7.7% of the whole member, while the
density of concrete and steel is set as 2,250 kg/m3 and
7,600 kg/m3, respectively [17]. In terms of overall
density, this compound product is about 2,378 kg/m3.
The steel construction (SC) is developed by means of
particular strategies. The steel model is developed in
specific ways based on the characteristics of the steel or
other metallic materials. Compared to the benchmark
building, the steel construction employs some brackets
for post-to-beam joints, which provide rotational
stiffness and assure the capacity for shear force. Since
the walls in the first floor and the roofing system offer
certain serviceability for the building, these components
are essential but different forms or materials are
considered. In this simulation, the walls are substituted
by means of diagonals, which are made of thin steel
plates. On the other hand, the roof shell is replaced by
aluminium-based corrugated roofing sheet. The flooring
system is composed of reinforced concrete, whose
profiles and constituents are the same as the concrete
model.
2.3 SYSTEM BOUNDARY AND TOOL
Defining the system boundary and research scope is
essential for LCA studies. Theoretically, the LCA refers
to a ‘from-cradle-to-grave’ system boundary. In the
studies here, however, the estimation scope is focused on
the production and recycling stages, without the results
for utilisation and maintenance. This appraisal
framework is the so-called ‘from-cradle-to-gate’ plus
‘from-gate-to-grave’ system.
With regard to the results of evaluation, these studies are
focused on climate change and fossil fuel energy
consumption. These two environmental indicators are
the most immensely noticed issues for buildings’
sustainability [13][16].
As far as the assessment methods are concerned, these
studies apply CML2 and Eco-Indicator 99 for the
ecological appraisals. These two methods have been well
developed and widely applied by various environmental
studies. These methods comprise robust and broadly
authenticated framework for impact assessments.
Choosing these methods contributes to figuring out
feasible results that are comparable with those of other
LCA studies, including greenhouse gas emission and
fossil energy consumption. Eco-Indicator 99 consists of
three versions for ecological appraisal. The LCAs in this
paper mainly apply the Egalitarian version for relevant
estimation and discussion.
For modeling, the studies here apply the Eco-Invent
Database to simulate the associated materials and

products [8]. The Eco-Invent Database comprises
sufficient processes that are compatible for the building
industry around middle Europe. Its processes can
adequately represent the materials and products involved
in this paper.
2.4 DISPOSAL AND RECYCLING SCENARIO
In order to simulate the contribution of C&DW disposal
or recycling, a serious of setup for specific material has
to be applied. The necessary data include transporting
distance, working hour and required refining process etc.
The presumed data applied in the calculation are shown
in Table 1.
Table 1: Setup for C&DW disposal

Material or process
Wood-based material
Transportation distance
Dismantle / sawing [4]
Refurbishing in factory [8]
Metallic material
Recycling rate
Transportation distance
Refining in factory

unit
150
4
64
~ 100
150
35

km
hr/m3
MJ/m3
%
km
% 1)

Concrete
Transportation distance
20 km
Retrieving aggregates
98 MJ/m3
2)
Landfill
Aggregate in 1m3 concrete
0.9 m3
Density of aggregate
1800 kg/m3
3
Mortar in 1m concrete
0.5 m3
1)
This means that recycling steel requires 35%
energy used for producing it from ore.
2)
Except the reusable aggregates, the mortar in
concrete is not useful and only disposed as
waste in the landfill.
As far as timber construction is concerned, the wooden
C&DW may be dealt in two ways, that is, recovery and
reuse. Reuse refers to directly utilise the timber element
after simple refining processes. Generally, this strategy
involves less engineering or chemical processes. On the
other hand, recovery means that the wooden C&DW is
incinerated for producing biomass energy. As the name
indicates, timber is recycled as energy resources, instead
of building components for second-hand utilisation.
In order to simulate and compare the environmental
effect of the two disposal strategies for wooden C&DW,
the LCA in this study presumes two scenarios to
evaluate their contribution. First one is the recovery
mode, in which, 90% wooden C&DW is burned for
producing energy and 10% is simply reused. Second
scenario is the reuse mode, in which, 90% of the
abandoned timber is reused as building material and only
10% is incinerated for biomass energy.
The recovered energy is applied in industrial processes.
Generally, the power plant or furnace in factory may
apply oil, natural gas or coal. In the appraisal, the
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3 RESULT
3.1 LOW-RISE CONSTRUCTION
The LCA of the low-rise building is to evaluate and
compare the environmental burdens caused by three
constructions, made of timber, steel and RC, respectively.
The embodied implication and life-cycle result are
shown in the subsequent sections, demonstrating the
environmental efficiency of each building material and
the potential of its recycling.
3.1.1 Embodied implication
Among three constructions, steel construction generates
the largest amount of GWP. The greenhouse gases
emission of RC construction is about 75% of SC’s result.
The rebar accounts for about 50% of RC’s entire
emission, although its’ volume is very small within this
construction. These phenomena demonstrate that steel
results in a considerable amount of GWP in the early life
cycle stages.
Rather than causing GWP, timber construction
sequestrates carbon emission to the atmosphere. The
result of timber construction is negative, which is
actually a mitigating effect for GWP. The embodied
GWP of three buildings is shown in Figure 5.

200

kg CO2-eq / m2

100

Re-bar
Concrete
Aluminum

0

Steel
Sawn timber
-100

-200

Stack-of-plank

Wood

Steel

RC

Figure 5: GWP of three materials

200

150
MJ surplus / m2

recovered biomass energy has to be allocated to three
power generators according to certain proportion. Here,
the allocation is based on the statistic result about the
industrial energy consumption in Germany in 2010 [5].
In steel construction, all components are made of
metallic materials, such as steel, stainless steel and
aluminium. In the simulation, all metallic materials are
assumed to be 100% recycled, although the realistic
recycling rate ranges from 60% to 95%, depending on
the materials and regional circumstances. Reproducing
steel needs certain industrial processes and inevitably
causes environmental impacts. As evaluated in former
research, recycling steel may need about 33% ~ 40%
energy that is required for producing steel from the ore.
Thus, the impact assessment in this study presumes that
producing second-hand steel is equivalent as 35% of
making raw steel.
Concrete can be recycled as well. With regard to the
ingredients within concrete, however, only the
aggregates are recyclable. The mortar is not useful after
demolition. Therefore, recycling concrete consists of two
parts. One is to retrieve the aggregates from the concrete,
needing industrial processes and generating certain
amount of environmental burdens. The other part is to
dispose the mortar in landfill. The allocation of these two
parts is related to the proportion of them within the
concrete. In terms of volume, one cubic meter concrete
actually consists of 0.9 m3 aggregates and 0.5 m3 mortar.
Thus, recycling one cubic meter concrete includes
retrieving 0.9 m3 aggregates for second-hand utilisation
and disposing 0.5 m3 mortar in the landfill.
Aggregates can be recycled by means of shaking or
heating. According to former research, the relevant
industrial processes may need 98 mega joules (MJ) for
reproducing one cubic meter of aggregates [4][15].

Eco-Ind 99 E

100

Eco-Ind 99 H
50

0

Wood

Steel

RC

Figure 6: Energy consumption of three materials

Figure 6 illustrates the embodied energy of three
constructions. The chart consists of two sets of results of
each building. Two sets of results are calculated by
different methods, that is, Eco-indicator 99 egalitarian (E)
and hierarch (H), respectively [8]. Both methods
demonstrate convergent tendency in energy consumption.
Therefore, the comparison is focused on the egalitarian
results only.
Steel construction is the most energy-intensive compared
to the other materials. Its energy consumption is
significantly higher than timber’s and RC’s results. RC
construction’s energy depletion is about half of SC’s.
The timber construction consumes significantly smaller
amount of fossil fuel energy. This result remains
consistent with former studies. This efficiency can be
attributed to the simple manufacturing techniques
applied for constructing this timber building. Although
used for great loading circumstances and immense
utilisation, this timber building applies simple and ecofriendly wooden components. Unlike other laminated
timber products which use glue, the components in this
timber building applies wooden dowel to combine a
series of small wooden elements, called ‘stack-of plank’.
This engineered timber can fulfil the structural
requirement and generate only a small amount of
environmental impacts. Owing to this component, the
timber building causes less GWP compared to other
materials.
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3.1.2 Life cycle performance
In the section, the material recycling is integrated in the
impact assessment, quantifying the contribution from
relevant processes after the end of life.
Basically, wooden C&DW cane be recycled in two ways,
that is, reuse and recovery. In this appraisal, however,
only the reuse mode is calculated and discussed. The
comparison about reuse and recovery modes is carried
out in the Section 3.2.2.

kg CO2-eq / m2

100

50

3.2 MID-RISE CONSTRUCTION
0

Wood

Steel

RC

-50

Figure 7: Life-cycle GWP of three materials

180
MJ surplus / m2

the impact assessment here assumes that 10% wooden
C&DW is intended for energy recovery, the entire life
cycle energy becomes negative, indicating an energyproductive effect.
SC’s life cycle energy depletion can be significantly
reduced by material recycling. On the contrary, RC
construction’s energy depletion increases tremendously
after the associated disposal processes. Now, its life
cycle energy consumption is even higher than the
quantity of SC. Although recycling rebar can decrease
the total energy consumption, recycling concrete
depletes considerably a large amount of energy and its
margin is greater than reusing rebar. Because requiring
some industrial processes, recycling concrete is finally
an energy-consuming strategy.

60

Wood

Steel

RC

-60

Figure 8: Life-cycle energy consumption of three materials

Figure 7 illustrates the life cycle GWP of three
constructions. The wooden building possesses a negative
GWP result, remaining its carbon-sequestration effect.
Although the effect is not as significant as its embodied
implication, timber building reveals at lease a neutral
performance in terms of carbon emission. On the other
hand, steel and RC constructions cause considerable
greenhouse gases emission. Regarding the tendency,
however, their life cycle performance differs from the
embodied implication. Owing to material recycling, SC’s
life cycle GWP is lower than RC construction. RC’s life
greenhouse gases emission is about 20% higher than the
result of SC.
Life cycle energy consumption of three constructions is
shown in Figure 8. By means of efficient recycling,
timber construction reveals an energy-productive
performance. Basically, reusing timber can result in just
a neutral energy consumption, i.e. zero depletion. Since

The LCA of the mid-rise construction is to estimate and
compare the environmental performance of timber and
RC constructions. Unlike the previous assessment for
low-rise building, the appraisal in this section is focused
on the environmental efficiency of CLT, rather than
sawn timber. Meanwhile, the comparison is emphasised
on RC’s performance, since the selected structural
system is compatible for massive wood and RC
construction.
3.2.1 Embodied implication
The CLT building possesses a negative GWP result and
its margin is considerably low, referring to a significant
mitigating effect upon GWP.
The effect of timber building is highlighted in this study.
In former appraisal, the absolute values of timber and
RC constructions are close, though their results are
negative and positive respectively. In this estimation, the
mitigating effect of CLT is significantly great. This can
be attributed to the larger amount of wood used in
producing CLT. The embodied GWP of timber and RC
models are shown in Figure 9.
Both CLT and RC buildings deplete certain amount of
fossil fuel energy in the early life cycle stages. In Section
3.1.1, timber building’s embodied energy is considerably
lower than RC building’s result. As far as CLT building
is concerned, however, its energy depletion is greater
than that of RC. This is due to the application of glue in
CLT. Compared to sawn timber and the stack-of-plank,
producing glue causes a great amount of environmental
impacts, including considerable energy consumption.
Therefore, a CLT construction results in more energy
depletion than conventional timber or RC buildings do.
The embodied energy of CLT and RC constructions are
illustrated in Figure 10.
Besides the glue, sophisticated industrial processes
associated to CLT lead to considerable consumption of
fossil fuel energy. Producing CLT needs greater amount
wood and more refining techniques. Although revealing
excellent structural properties, CLT consumes more raw
materials and causes more environmental burdens.
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Figure 12: Life-cycle energy consumption of two buildings
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4 DISSCUSSION

3.2.2 Life cycle performance
The LCA in this section takes the material recycling into
account. In order to compare the influence of different
disposal strategies to deal with wooden C&DW, the
appraisal in this section calculate the results of recovery
and reuse modes.
As shown in Figure 11, both recovery and reuse modes
result in a mitigating effect upon GWP. Among them,
the recovery strategy reveals a significantly great
carbon-sequestration effect, whose margin is about
double of the reuse mode.

kg CO2-eq / m2

300

0

CLT - recovery

CLT - reuse

-300

-600

Figure 11: Life-cycle GWP of two buildings

The appraisal about life cycle energy consumption
demonstrates the potential of recycling. Both recovery
and reuse modes reveal negative depletion, i.e. energyproductive effect. The recovery mode possesses
significant reproductive effect, while the reusing CLT
results in an energy-neutral consequence. The life cycle
energy consumption of RC increases about 150%
compared to its embodied energy, instead of reduction.
The appraisal result demonstrates again that recycling
concrete may save the depletion of raw material like
aggregates but cannot save the energy consumption.

RC

4.1 DIFFERENT CONSTRUCTION
The environmental efficiency of different constructions
is quantified in this study. Timber constructions reveal
better performance compared to other materials, in terms
of GWP and energy consumption. With regard to the
material recycling, the effect of timber construction can
be further highlighted.
The tendency about environmental efficiency of steel
and RC constructions differs in embodied and life cycle
result. As far as the embodied implication is concerned,
SC results in tremendous amount of environmental
burdens. Since the GWP and energy consumption is
alleviated, SC becomes relatively eco-friendly. RC
construction’s life cycle impacts cannot always be
reduced by material recycling. Whereas the entire GWP
can be decreased, the life cycle energy consumption
significantly increases. This phenomenon reveals the
rigidity of concrete’s environmental efficiency.
4.2 SAWN TIMBER AND CLT
In the impact assessment of low-rise and mid-rise
buildings, the performance of sawn timber and CLT
differs from each other. Such discrepancy arises in the
embodied implication and life cycle result as well.
As far as embodied implication is concerned, the GWP
mitigating effect of CLT is significant compared to sawn
timber’s result. This can be attributed the greater amount
of consumption of wood in CLT, which results in greater
magnitude of carbon sequestration. On the other hand,
however, the larger quantity of material consumption
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and the highly engineered processes make the CLT more
energy-intensive.
Taking the material reuse into account, the appraisal
demonstrates that both sawn timber and CLT remain
considerable eco-efficiency. The life cycle GWP and
energy consumption of sawn timber show neutral
performance. On the other hand, CLT’s performance
diverges a bit. CLT’s life cycle GWP reveals a better
mitigating effect, owing to greater consumption of wood.
The life cycle energy consumption of CLT becomes
neutral, whereas its embodied energy is relatively high.
4.3 RECYCLING SCENARIO
Wooden C&DW can be dealt in two ways and the two
strategies result in different consequences. According to
the charts in Sections 3.1 and 3.2, recovery mode
possesses better environmental efficiency compared to
reuse, i.e. lower GWP and greater energy-productive
effect. In terms of material utilisation, however, the
recovery may not always be the best solution to deal
with the abandoned timber elements. Choosing recovery
mode refers to an aggressive way to use wood. Instead,
reuse mode can save the consumption of wood, although
its environmental performance is as numerically
excellent as recovery mode’s result.

5 CONCLUSIONS
By a series of LCA, the environmental performance of
timber construction has been verified. With regard to
embodied implication, timber construction causes less
environmental impacts, except for the CLT building’s
embodied energy. As far as the life cycle performance is
concerned, the advantages of timber building is further
highlighted, i.e. less GWP and energy depletion.
Normally, material recycling leads to certain alleviating
effect for the environmental impacts. The appraisal about
wooden and metallic elements draws such conclusion.
Though efficiently recycled, concrete’s life cycle energy
consumption increases significantly, due to energyintensive processes to retrieve aggregates. This result
demonstrates the rigidity of concrete’s environmental
efficiency, i.e. inability to save depletion of both
material and fossil fuel energy.
Two disposal scenarios about wooden C&DW lead to
divergent consequences. It is hard to determine which
strategy is really comprehensively sustainable. The
optimal way to use wood and the efficient strategy to
manage the forest is an important and fluctuated in
different conditions.
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ENVIRONMENTAL FOOTPRINT OF TIMBER BUILDINGS AND THE
IMPLEMENTATION IN CITY PLANNING
Annette Hafner1, Sabrina Schäfer1, Karina Krause1
ABSTRACT: Today, cities are searching for ways to comply with national climate targets. City authorities are
responsible for city planning and therefore defining the eco-efficiency of cities for decades to come. They need clear
guidelines on how to reduce greenhouse gas emissions from the building stock in a particular area. Increasing the use of
sustainably sourced wood in the construction could play a vital part in the transition towards eco-cities. In this paper an
actual research project creates target values for cities regarding greenhouse gas emissions, primary energy and mass of
renewable material for specific building plots. The proceedings and up-to-date results are shown in this paper. To achieve
this, we studied life cycle assessments for different buildings. Wood as a building material is introduced for a minimal
environmental footprint. The focus is set on linking the sale of building plots with the agreement to build primarily with
wood. Target values for the buildings were developed in close cooperation with the city and are currently linked to
tendering of the plots. The implementation of these values will be monitored in the near future.
KEYWORDS: life cycle analysis, timber building, environmental footprint; carbon storage

1 INTRODUCTION 123
Europe in general and especially Germany have defined
climate protection goals to be reached in 2020 and
thereafter. Their implementation requires involving all
subareas, from industry, infrastructure to buildings and
cities. Therefore cities and municipalities are searching
for ways to comply with national climate targets. The so
named “Eco-cities” seek to minimize their environmental
footprint through, for example, the use of carbon neutral
energy, more efficient city planning and by producing less
waste.
The building sector has been identified as a major
contributor to environmental pollution. The sector
accounts for about 40% of the total energy consumption
of the world [1], which causes a severe environmental
impact. Moreover 40% of raw material consumption of
the world comes from the building industry [2].
Optimization of environmental impact during a building
life cycle is a significant aim in the context of sustainable
development.
In the past discussions on climate change the building
sector concentrated on energy efficiency, but now the
focus has broadened to include sustainability of materials.
Increased energy efficiency in the operational stage shifts
the focus to primary energy consumption of production
and the greenhouse gas emissions in the production stage.
Further possibilities for increased CO2-reductions are
always searched for. Wood as material which stores
carbon temporarily is one way to increase the CO2reductions further.
1

Annette Hafner, Sabrina Schäfer, Karina Krause,
Resource efficient Building, Ruhr-University Bochum,
Germany,annette.hafner@rub.de

City authorities are responsible for city planning and
therefore defining the eco efficiency of cities for decades
to come. They are gatekeepers of building permissions,
ensuring buildings meet environmental goals. Hence local
authorities’ guiding role in energy efficiency issues and
“low carbon building” is growing, they need advise on
methods and tools for the design process. Increasing the
use of sustainably sourced wood in building construction
could play a vital part in the transition towards eco-cities.
Therefore city planners need specific guidelines on how
to reduce greenhouse gas emissions with the building
stock in a particular area.

2 GENERAL ISSUES ON LOW CARBON
CITY PLANNING
To begin with general issues on “low carbon city
planning” get outlined. Sustainable city planning or
planning of “Eco-cities”, which are designed in
consideration of environmental impacts, is seen as a step
towards reaching the climate reduction targets. There is
no predefined set of criteria to define a “Eco-city”. But in
any case environmental, economic and social needs
should be satisfied. An ideal “Eco-city” has been
described with the following requirements [3-5]:
- self-contained economy, resources needed are found
locally
- carbon-neutral energy production from renewable
sources
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- public transportation system with priority to walking,
cycling and on public transportation
- maximize efficiency of water and energy consumption,
creating a zero-waste system
- affordable housing for all socio-economic groups and
improved job opportunities for disadvantaged groups
- support of local agriculture and produce
- promotion of voluntary simplicity in lifestyle choices, to
decrease material consumption, and increase awareness of
environmental and sustainability issues
These criteria represent a holistic look towards new
targets for city planning. In present days cities are trying
to achieve some of these requirements when designing
new urban areas.
In this paper we present the development of a new quarter
in Munich. Here issues of sustainable urban planning
were considered by building a part of the site as “Ecocity” and therefore defining specific requirements for
these buildings. To reach low carbon consumption the
buildings must at least have energy standard KfW 70 and
should be realised with only having energy provision by
renewable sources and with predefined building materials
for use. The quarter is connected to frequent public
transport, some buildings are reserved for affordable
housing.

renewable) for wooden products compared to actual EPDs
for the same products.
With these values, the preliminary design stage can be
influenced. Modern timber construction can serve as a
vehicle for the implementation of resource efficiency and
reduction of greenhouse gas emissions. But up to date no
integrated procedure exists to implement these
environmental criteria in the complete planning process.
We developed these target values in close cooperation
with the city and currently are linking them with the
tendering of the plots. The implementation of these values
will be monitored in the near future. Planner will get
advice on how to reach the agreed benchmarks and how
to comply with building regulations (e.g. fire safety).
Reference values need to be developed so that LCA
calculations can be used for planning purpose and to
highlight the influence of material choices in energy
efficient buildings.
3.2 CASE STUDY
The city of Munich is currently planning a new residential
quarter on a former military conversion site with 1800
units. The goal is to develop strongly needed affordable
housing and at the same time to address issues of energy
efficiency and environmental impact with innovative
approaches. The development plan for the new quarter is
shown in figure 1 and shows a wide variety of buildings.

3 CARBON FOOTPRINT AS
INSTRUMENT FOR BUILDING WITH
WOOD
3.1 SCOPE
Actual ongoing research on general life cycle analysis
(LCA) values for timber buildings in Germany and their
implementation in city planning on an exemplary plot are
presented.
The paper is based on the research project development of
a method to specify target values for CO2-equivalent and
primary energy input funded by the DBU - German
federal Environmental Foundation. The projects aims at
three objectives:
- Developing of environmental reference values for
erection of buildings,
- support of the implementation of timber construction in
urban development
- monitoring of the individual planning steps.
In this paper we show the proceedings and first results.
The project started in summer 2014 with the creation of
reference values for the agreements within the city
regarding greenhouse gas emissions, primary energy and
mass of renewable material for specific building plots.
We defined average and target values for the amount of
renewable material and the maximum of permitted
greenhouse gas emissions for building construction. To
achieve this, life cycle assessments for buildings in
different use categories needed to be studied. From
selected realised timber buildings and buildings with
mineral construction, reference values were generated.
We left values for primary energy aside as the actual
dataset in ökobaudat.2011 [6] shows huge differences in
the indicator primary energy (renewable and non-

Figure 1: Masterplan for Prinz-Eugen-Park in Munich; red
line indicates the part für “Eco-city”

The southern part of the quarter will be designed as an
„Eco-City“. In this part – outlined by the red line in figure
1 - around 500 flats are to be built. Framework for the
„Eco-City“ is innovative energy supply with renewable
energies, buildings in plus-energy-standard and building
with wood, a mobility concept and shared facilities. The
„Eco-City“ contains small terraced houses, free standing
four story-buildings and 5-7 multi-story residential
houses.
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The building sites are reserved to specific target groups.
For these sites only housing societies, cooperative
building associations and joint building ventures are
permitted.
The city administration wants to settle its pioneer role in
building with wood and therefore looks for a way to
minimize the environmental footprint of buildings trough
timber buildings. The city administration as owner of the
plots wants to link the sale of building plots to the
agreement on building with wood. Basic principle is the
already existing environmental criteria-guideline by the
city of Munich [7], which sets vague minimum
requirements to reduce resources, energy and CO2emissions. To implement these specifications precise
targets and goals need to be described. The
implementation of timber buildings in an urban context of
this size demands high standards in preliminary planning
and all other building stages. For example the adaption of
fire regulations in this context needs preliminary consent
with planners and fire fighters.

interpretation is more difficult. Here a hybrid building –
with timber only in external walls – are often referred to
as timber buildings. So these buildings can be seen as
minimum requirement (level 1). But for these buildings
greenhouse gas emissions are not much lower than for
conventional buildings. But the advantage is a higher
carbon storage capacity through exterior timber walls.
So discussion arose how to define buildings with wood
for that area. The city had to decide more precisely what
they want to be built in timber in that area and what
should be the minimum requirement. Finally we defined
3 levels which could be reached in terms of wood
consumption, as shown in figure 2. These levels were
based on a Swiss study [8] on hybrid buildings.

3.3 DEFINITION OF TIMBER BUILDINGS
First step to develop reference values was the discussion
on timber buildings. What are the requirements to speak
of a timber building? With that a broad discussion with
the city began.
It was easy to clarity this for small single family houses
and small residential dwellings, as buildings with
loadbearing structure in timber are commonly seen as
timber buildings. For large residential buildings the

level 1

level 2

level 3

(minimum requirement)

(improved requirement)

(timber construction)

exterior wall

wood

loadbearing structure
roof

mineral
wood

mineral

ceiling

mineral

internal wall: party wall / load‐
bearing wall

mineral

internal wall: not load‐bearing

wood

mineral

horizontal arrangement

mineral

staircase

mineral

Figure 2: definition of timber building for the ECO-city in
Munich, according to Hybrid-building study from [8]
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After having defined the term timber buildings we set up
agreed criteria with the city of Munich, which could be
used in procurement for selling the plots. We have chosen
the indicator global warming potential as one of the most
researched indicators in LCA calculations. Additionally
the amounts of renewable material and carbon storage are
used, as they can highlight the specific properties of
timber buildings best. All criteria were assessed by the
functional unit of one sqm of gross external area (GEA)
of building and additionally per living area. Living area
was the unit which is relevant for the city of Munich.
Calculations on the site are always correlated with
maximum living area to be built on each site.
We examined more than 24 recently constructed buildings
in order to generate robust data. All buildings were
assessed with database ökobaudat.2011 and calculated
without basement but including foundations. We have
chosen calculations without basement to overcome the
huge influence of basement on the results. All
construction material and technical equipment was
included in the bill of quantities. All buildings have a high
performance in the operational energy consumption
(around 50 kWh/m² or less). The buildings, which were
assessed, have various construction methods, from
massive timber buildings, timber frame construction,
hybrid buildings to mineral buildings (brick, concrete
with external thermal insulation composite system).
Around two third of the buildings are wooden
constructions. The size of the buildings varies between
176 m² up to 6.152 m². Most buildings are of residential
use. Calculations were done with the LCA-tool Legep [9].
In this paper only results of the production stage according
to EN15978 [10] are shown. The calculated buildings are
shown in table 1.

Table 1: Analysed buildings divided in small and large
residential buildings

lar e resi ential
il in s

3.4 CALCULATION OF ENVIRONMENTAL
REFERENCE VALUES
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Figure 3: global warming potential for small buildings in
Germany with limit values / reference value per m² GEA.

Figure 4: global warming potential for large buildings in
Germany with limit values / reference value per m² GEA.
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Figure 5: amount of renewable material for small buildings in
Germany with limit values / reference value per m² GEA

Figure 6: amount of renewable material for large buildings in
Germany with limit values / reference value per m² GEA
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3.5 HOW TO PROCEED WITH THESE VALUES
IN CITY PLANNING

3.5.1 Calculations
We calculated average values, maximum and minimum
values across all buildings, as shown on the chosen
indicator global warming potential and amount of
renewable material in figures 3 to 6. Thereby individual
characteristic values were identified for small and large
buildings. The specific values for non-residential
buildings can be merged with the values for large
buildings as they show close similarity.
In LCA calculations we made a distinction between
various construction methods (mineral construction,
hybrid buildings, timber frame construction, CLT).
Variations of buildings with specifications in construction
of load bearing walls, floors and roofs were calculated to
determine the requested values and how they could be
achieved. The graphic analysis show results for each
building type and are subdivided into type of construction.
Hereby the calculated average value correlates with the
target value which should be achieved. The minimum
respectively maximum values need to be reached as a
minimum requirement.
We calculated the values which need to be reached as a
minimum requirement by adding safety factors. The
suggestion is to set the safety factor to be 10% of the
values. The idea behind the safety factor is to equalise
differences in design, actual state of the art in timber
construction and other requirements. These values now
represent amongst other things the basis for procurement
of the building plot.

3.5.2 Adaption and handling

In cooperation with the city these values were discussed.
To make the handling as simple as possible the city
administration decided to only use the indicator amount
of renewable material. The numbers necessary for this
calculation in planning stage can be generated by the
planners without necessary skills in LCA. In the planning
process (construction design and tendering) an exact bill
of quantities of the used wooden material can be made.
These exact calculations allow to apply for a “specific
grant” to be introduced for that particular quarter.
As the city of Munich wants to promote timber buildings
they have adapted the existing grant “CO2-bonus
program” [11] - especially assigned to wooden
construction - to this „Eco-City“. To acquire this grant,
the exact amount of wooden material in the building has
to be proved. The introduced grant consists of a promotion
of timber in primary construction with 0,70 € to 2,00 € per
kg stored CO2. Calculation herby is made through exact
bill of quantities and verified by bills of carpenters. An
additional proof on sustainable forestry for the used
wooden material is necessary. This is important as only
sustainable sourced wood is positive on climate targets.
The exact level of subsidy is calculated through an
adjusted, programmed excel-sheet on the basis of the
Munich CO2-bonus program.

The minimal requirements were defined by the city and
then confirmed by city council. In that process some
deductions to the “Eco-city concept” had to be made for
political reasons. High energy performance required by
city was scaled to the use of local district heating network
and no additional demands (like plus energy standard).
The environmental quality of the site was finally reduced
to the use of renewable building material, mobility
concept, shared facilities and possible limitation of living
area only.
3.6 TENDERING OF THE BUILDING PLOTS
AND ENVIRONMENTAL REFERENCE
VALUES

3.6.1 Starting point
Using the decision of city council as a baseline we
supported the city to work out the tendering document for
selling the building plots. Two plots were given to urban
housing societies with the requirement to builds with
minimal amount of renewable material of 50 kg/m² living
area. This correlates with building houses in hybrid
construction with at least exterior wall in timber frame
construction and loadbearing structure in concrete. With
this construction the fire safety regulations can be met
through early introduction in planning process.
All the other plots are exclusively sold to joint building
ventures and one plot to a cooperative building society. A
competing procedure is installed. The procedure is
structured through an application process, where the
potential buyers have to submit a proposal with statements
to assessment criteria. These assessment criteria are
environmental issues (minimum amount of renewable
building material fixed to 3 different levels, usage of
rainwater), mobility concept, shared facilities in the
building and roof terraces and possible limitation of living
area to accepted standards [13]. The criteria will be
assessed through a point range and the applicant with the
highest score will be offered to buy the site.

3.6.2 Proceeding
The proceeding for the tendering of the plots is made in
two stages according to an established procedure in the
city of Munich. For the first stage only a questionnaire
needs to be signed. It includes an agreement to build in
wood, include shared facilities and a mobility concept.
Additionally limited flat sizes are demanded.
In the second stage all remaining tenderers still biding for
the site are asked for a detailed concept for the plot. Here
one of the three levels for amount of renewable material
has to be determined, which will be reached through the
building construction. A point range is given where the
highest level is given for building in level 3 revering to
figure 2. The promised criteria will be lay down in the
legal buying agreement and penalty will be imposed if the
criteria are not met. On the other hand there are subsidies
especially for this site to support the planning and
building with renewable material on economic basis. For
more detail see 3.6.3.
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3.6.3 Outcome
These plots will pass through the tendering process in
spring-time 2016. After final decision the buyers will be
obliged to discuss their proposals several times during
planning process with an expert panel. This shall help to
meet the set targets concerning the use and compliance
with renewable material masses and to achieve an early
integrated planning approach with respect to the structural
framework and fire safety regulations in connection with
building with wood. The aim is to prevent defective
design.
For the future planners of the sites some support will be
provided in form of calculation sheets for amount of
renewable material (and temporal carbon storage),
documentation with which combination of constructions
the target values can be achieved, general achievement
from consultation process with fire brigade and for the site
applicable fire regulations and their influence on building
with wood. A catalogue with possible construction details
for large residential buildings in wood is elaborated from
TUM [14].

4 DISCUSSION
With the findings of chapter 3 it is possible to draft
reference values for different building types for the
preliminary design stage of a construction project.
Reference values also should help in the transition
towards resource efficient Europe, as “clear
environmental information” is requested in the “Roadmap
for Resource Efficient Europe 2050” initiative. These
abstract values and research findings need to be broken
down into very practical level for planners. On exemplary
buildings and their LCA calculations the set target values
are now brought together with requirements on fire safety.
A list of possible timber and timber-concrete
constructions [14] which meet the necessary fire
regulations is adjusted for the site. This is seen as an
appliance for planners.
The amount of renewable material as an indicator for
environmental city planning has to be discussed critically.
On the one hand the linkage of building plots to only the
amount of renewable material used leads into using as
much timber as possible in the construction. In terms of
carbon storage this construction is privileged but in terms
of resource efficient use of material other material
combinations might be better. For the future discussions
are open which way of doing or with combination is more
sustainable.
Additionally there should be an addition requirement for
energy efficiency in terms of use of renewable energy
sources and energy efficient construction. Without the
combination of the issues of energy efficiency in
operation and energy efficient construction only mediocre
benefits could be made out of the situation.
Focusing on LCA calculations it is important to show a
holistic perspective of the results. In a next step all life
cycle stages according to DIN EN 15978 will be
evaluated. This means that beside module A also material

impact in module B2-B4 (maintenance, repair,
replacement in use stage), module C (end-of-life stage)
and module D (potential benefits and loads) will get
analysed. These holistic calculations then can show all
material inherent differences of various constructions
properly. The additional indicator carbon-storage is
outside the set of commonly agreed LCA indicators and
mainly of relevance for renewable materials.

5 CONCLUSION
The building sector has been identified as a major
contributor to reduce greenhouse gas emissions in Europe.
Due to the fact that buildings get more and more energy
efficient in use stage of buildings, the carbon footprint of
building material comes into focus. Here already in
procurement of building plots target values for carbon
emissions can be implemented. From environmental
perspective wooden products have various advantages but
should always be studied with material efficiency in mind.
An approach to promote timber buildings can contribute
to reach climate protection targets. At the same time it
helps to foster building with wood in urban areas. All
based on the requirement that the wood derives from
sustainable forestry.
In the light of sustainable city planning the explained
indicator could be a piece for achieving this. Energy and
material choice from renewable sources must be looked at
through the focus of resource efficiency and additional
local economy. Truly sustainable “Eco-cities” still are
rare, but introducing the ideas and achieving at least part
of it is worthwhile.
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LIFE CYCLE ASSESSMENT ON TIMBER ROAD BRIDGES: A CASE
STUDY

Yishu Niu1, Lauri Salokangas2

ABSTRACT: This article focuses on influence of maintenance actions and traffic on timber bridges as a part of Life
Cycle Assessment (LCA). Records of maintenance actions are collected from the bridge register system of Finnish
Transport Agency. A case study for a timber road bridge is conducted with the help of existing documents and
management. LCA results obtained from the case study indicate that maintenance intervals affect the environmental
impact and energy consumption only in a relatively small range. The case bridge has the most environmental impact on
the category of Freshwater Eutrophication Potential (EP), and the least environmental impact on the category of Ozone
Depletion Potential (ODP). Moreover, the study reveals that traffic on the bridge affects the distribution of
environmental impact in different life cycle stages, and lighting influence of total energy consumption shall be included.
KEYWORDS: Life Cycle Assessment, timber road bridges, maintenance actions, interval, traffic

1 INTRODUCTION 1 23
Construction sector has unique criteria in both design
and construction. At present, buildings and bridges shall
be designed durable for long lifespan, along with
concerns in the environmental aspect. This paper
considers the environmental performance of timber road
bridges, where wood is commonly considered as green
material compared to concrete or steel.
To evaluate environmental performance of the bridge
during its life cycle, Life Cycle Assessment (LCA)
methodology is applied. LCA is a technique to evaluate
environmental impact of a product or project during its
life cycle, from cradle to grave instead from gate to gate.
In 1997, the International Organization for
Standardization (ISO) published the first standard ISO
14040 for LCA and the second one ISO 14044 in 2006
[1, 2]. These standards provide principles, framework,
requirements and guidelines of LCA for practitioners.
According to these standards, four stages shall be
considered when conducting LCA on a bridge: raw
material manufacturing, construction, operation and
maintenance, and End-of-Life (EoL). LCA comprises
1
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two types of environmental impact indicators: midpoint
and endpoint. This study concerns only midpoint
indicators, which include Global Warming Potential
(GWP), Acidification Potential (ADP), Eutrophication
Potential (EP) and others.
The information of timber road bridges from bridge
register of Finnish Transport Agency (Finnish bridge
register) were studied, to find out maintenance records,
experiences and clues being used on estimating future
operation and maintenance actions. A case study of LCA
on a timber road bridge was then conducted, based on
the collected records. Minimum, median, and maximum
intervals of maintenance actions were applied, in favour
of identifying their effects on environmental
performance of the bridge during its life cycle. In
addition, environmental impact changes due to traffic on
the bridge was studied. Energy consumption of different
construction materials and activities during the life cycle
of the bridge was compared as well.

2 METHODOLOGY OF LCA
Theory of this paper is based on two ISO standards [1, 2]
and European standard EN15804, which was published
in 2012 [3]. Accordingly, conducting LCA comprises
four phases: goal and scope definition, inventory
analysis, impact assessment and interpretation. Goal and
definition phase is essential, since it determines the
purpose of the assessment and the system being
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assessed. Functional unit is the most important
definition, especially when comparing alternative
designs for the same bridge. For instance, the functional
unit of a bridge can be defined as “the whole bridge
during 50-year service life”, or “1 m2 effective surface
area of the bridge during its 100-year service life”.
Inventory analysis involves dataset collection and
calculation of relevant inputs and outputs, where the Life
Cycle Inventories shall be analysed. Input values
comprise the amount of materials and energy
consumptions needed for constructing and maintaining
the bridge. Output values are quantitatively with physical
unit and all elementary inflows from nature and outflows
back to nature. In the following case study, Ecoinvent v
2.01 database is applied, which was developed by the
Swiss Centre for Life Cycle Inventories (LCI) [4].
In the impact assessment phase, the potential
environmental impacts are evaluated by using LCI data
obtained from inventory analysis phase. The evaluation
involves mandatory elements (selection, classification
and
characterisation)
and
optional
elements
(normalisation, grouping and weighting). The
environmental impact categories can be classified by
various Life Cycle Impact Assessment (LCIA) methods,
which aim at evaluating the magnitude and importance
of the potential environmental impact for the product
during its life cycle. In the following case study, ReCiPe
method was adopted [5].
The last phase of LCA is interpretation, in which
findings from previous phases, conclusions, suggestions
and reports are generated. Also, sensitivity analysis can
be included. In addition, the interpretation presents the
LCA results comprehensively, and display potential
limitations.
Moreover, relations among four phases is shown in
Figure 1. Iterations displayed in the framework can
improve the accuracy of LCA results.

3 TIMBER ROAD BRIDGES IN NORDIC
COUNTRIES
3.1 GENERAL VIEW
Timber road bridges in Finland, Sweden and Norway
take small share of the total bridges. For example, in
Finland, percentage of timber road bridges in all bridges
is less than 4%. In all three countries, timber road
bridges approximately takes over 40% of timber bridges
managed by road authorities. Besides, in Finland, over
70% of timber road bridges have maintenance records.
3.2 MAINTENANCE RECORDS OF TIMBER
ROAD BRIDGES FROM FINNISH BRIDGE
REGISTER
In order to check sustainability of the timber bridge
along its service life, life cycle plan shall be determined.
Since bridge is project specific, service lives of bridge
components and maintenance intervals may differ
largely. However, through analysing relevant empirical
data, some clues can be summarised for the future study.
In Table 1, three most common maintenance actions of
timber road bridges are listed, according to Finnish
bridge register [7].
Table 1: Three most common maintenance actions and repair
intervals of timber road bridges in Finland (555 bridges that
were built from 1960 to present) [7]

Maintenance action

Amount
of
records

Median
interval
(in Years)

172

Repair
intervals
(in
Years)
10-54

Replacement of
timber deck
Replacement of
railings on the deck
Repair or
replacement of
embankment railing

136

11-54

32

98

11-54

34

32

Most common actions are replacement of timber deck
and replacement of railings. Intervals of these actions
vary largely, difference can even be 44 years. In
addition, these values give no clear relation between the
location and maintenance intervals. The reason of
shortest maintenance interval for certain maintenance
may be construction errors or car accidents.

Figure 1: Stages of LCA [1]
At present, various LCA software and tools are
available. In this study, BridgeLCA tool which was
specially developed for bridges was applied [6].

In detail, Figures 2 and 3 display the interval distribution
of the first two maintenance actions separately. Interval
distribution of the third action is not included since it
belongs to substructure of the bridge, and the following
case study excludes the substructure of the bridge.
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However, due to the limited amount of bridges and
incomplete details of maintenance records, regularity
cannot be generated. And for simplifying the evaluation
process, median values is adopted in the following case
study.

4 CASE STUDY ON A TIMBER ROAD
BRIDGE

Figure 2: Intervals of timber deck replacement on timber
road bridges in Finland
In Figure 2 it is shown that most maintenance actions
were conducted on the bridges built between 1970 and
early 1980s. The deck of timber road bridges have been
replaced between 30 and 35 years after the opening of
bridges. The deviation of these intervals is about 6 years.
Besides, the fluctuation indicates that there is no clear
relation between the built year and the maintenance
interval.

Figure 3: Intervals of railing replacement on timber road
bridges in Finland

In Figure 3 it is displayed that most maintenance actions
were conducted on the bridges built between 1970 and
1980. The interval distribution of replacement of railings
on timber road bridges is similar as in Figure 2.

As a case study, BridgeLCA tool is applied to carry out
LCA calculation using Ecoinvent v2.01 database of
different major construction materials for environmental
impact, since the real product suppliers have no specific
EPD (Environmental Product Declaration) data. In
addition, the results of normalization factors generated
from BridgeLCA comprise five midpoint indicators and
three endpoint indicators. The former is based on
ReCiPe v1.06 method and the latter USEtox method [6].
In this case study only the following midpoint indicators
for five environmental impact categories were
considered: Global Warming Potential (GWP), Ozone
Depletion Potential (ODP), Terrestrial Acidification
Potential (AP), Freshwater Eutrophication Potential (EP)
and Fossil Depletion Potential (FD). The endpoint
indicators such as human toxicity potential and ecotoxicity potential were omitted.
4.1 VIHANTASALMI BRIDGE
In Finland, Timber-Concrete Composite (TCC) bridges
have been built since 1993. In TCC bridges, the concrete
deck is connected to the timber beams forcing the two
parts of different materials working together. The biggest
timber bridge in Finland, Vihantasalmi Bridge, has a
TCC deck, which consists of three parts: concrete slab,
glulam beams and steel connectors joining slab and
beams. The view of Vihantasalmi Bridge is shown in
Figure 4, and the bridge is part of the highway number 5
in Mäntyharju.

Figure 4: Vihantasalmi Bridge in Finland [8]
The 5-span bridge was opened in the year 1999, replaced
the old and narrow steel arch bridge. Three 42 m long
mid-spans are glulam king post trusses, while side spans
are timber-concrete composite beams. Total span of the
bridge is 168 m, and total length is 182 m. The bridge
has two traffic lanes with 11 m width and one 3 m wide
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pedestrian lane. The schematic side view of the bridge is
shown in Figure 5.

Figure 5: Side view of Vihantasalmi Bridge [8]

Girders, cross beams and truss elements of Vihantasalmi
Bridge are made of glulam. In detail, glulam girders on
the side spans are creosote impregnated, while other
glulam elements are not treated with creosote. In this
case study, creosote quantity applied in glulam girders
was assumed to be 60 kg/m3 [6].
4.2 CASE STUDY SPECIFICATIONS
The deck area of the bridge is defined geometrically by
its effective surface area, which means the total length of
the bridges multiplied by the effective width of the
bridge. Quantitative data regarding major construction
materials was generated from design drawings and
project reports of the bridge.
4.2.1 Goal and scope
The goal of the study is to identify how the intervals of
maintenance actions affect the environmental impact
during the life cycle of a long timber road bridge, what
are the main parameters of influencing environmental
impact of the bridge and how the traffic on the bridge
affects the environmental performance of the bridge.
4.2.2 Functional unit and system boundaries
The functional unit in this study is defined as “1 m2
effective bridge area (only superstructure) for traffic in
Finland during 100 years of designed service life”. The
study considered the bridge life from cradle to grave,
from the first step as raw material manufacturing to EoL.
Details of life cycle stages are shown in Figure 6.

Figure 6: Life cycle stages of a product [3]

In this case study, B7, C3 and “D” stage were excluded.
Integration of sub-stages in each modules were adopted
in BridgeLCA. In addition, BridgeLCA has slightly
different classifications in EoL phase, which consists of
four scenarios: demolition, landfill, material to material
recovery and material to energy recovery. Moreover, site

survey and preparations, electricity and chemical
substances applied in material production stage were
excluded in the study. Production of industrial plants,
equipment, roads, and vehicles were excluded as well.
However, traffic on the bridge and lighting were
included.
4.2.3 Cut off criteria
Most data were gathered from Finnish bridge register,
excluding estimations on lighting, vehicle diesel
consumption and transportation of materials. LCI data is
ideally project specific, however, due to lack of data
from suppliers, Ecoinvent database was adopted.
Moreover, no systematic sensitivity analysis would be
conducted.
4.3 ASSUMPTIONS AND SIMPLIFICATIONS
Due to limited data, minor materials and activities or
processes were neglected from the case study. For
instance, spikes, screws, weathering of concrete,
painting, operation and maintenance of lighting and
poles were excluded. Formwork was also excluded,
since it could be 100% reused. In addition, energy
consumptions induced by inspection processes during
operation and maintenance phase were neglected as well.
4.3.1 Material and transportation
Material transports from factory to bridge were
estimated based on the distance from the location of
material suppliers to bridge site. The glulam timber
elements were assumed to be transported 70 km by truck
from the manufacture plant to the bridge site. The
concrete required for the deck were assumed to be
produced and transported 15 km by truck from the
nearest mixing plant to the bridge site. Steel members
were supposed to be transported 150 km firstly by train
and 30 km by truck from the manufacture plant to the
bridge site. Repair interval of the most common two
maintenance actions were based on the values of Table
1. In the EoL phase, concrete and steel were considered
as 100% material recycled. Glulam without creosote
treatment was assumed to be 100% material recycled,
while creosote impregnated glulam was assumed to be
demolished in toxic waste disposal plants. For major
materials (concrete, steel, and timber), transportation
mode and distance in the EoL stage were assumed to be
the same as transportation in the construction stage.
Additional assumptions such as mobility of workers
during operation and maintenance stage were made
based on earlier experiences of regular timber road
bridges.
4.3.2 Lighting on the bridge
Electricity consumption of bridge lighting was
considered. However, due to lack of specific
information, the annual average hour with lighting on
was assumed to be the annual average sunlight hours.
The average annual daylight durations on Vihantasalmi
Bridge was considered to be 12 hours, based on the
value gathered from the near place [9]. In addition, the
energy consumption of lighting on the bridge was
assumed to be 14.4 kWh/day.
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4.4 INPUT VALUES FOR LCA
Only two most common maintenance actions list in
Table 1 and one actual maintenance action that has been
implemented were considered. And only the deck
surface structure, including asphalt layer, preservative
coating and water insulations were assumed to be
replaced, together with the actual maintenance action.
According to the records of Finnish bridge register, the
actual maintenance action that had been completed was
the mass expansion joint work. The repair work was
implemented after 14-year service of the bridge, with 60
m influenced length. And this interval and influenced
length are used in the operation and maintenance stage
of LCA.
The total material and energy consumption during the
life cycle of Vihantasalmi Bridge are listed in Table 2.
Table 2: Consumption of major material and activities for the
case bridge (using median intervals)

Input Material
Concrete
Timber
Reinforcement steel
Structural steel
Asphalt
Diesel (excl. traffic on bridge)
Diesel (incl. traffic on bridge)
Electricity
Truck transportation
Transportation workers (car)

Unit
m3
m3
ton
ton
m3
l
l
kWh
tkm
pkm

Amount
870
995
201.5
286.5
200.4
512
4367441
525660
152371
31000

The above quantities for different material and energy
consumption refer only to superstructure. Diesel here
stands for all types of fuel consumed by transportation
and machine. The unit “tkm” means the weight of
material (in metric tons) multiplied by its transportation
distance, the unit “pkm” represents the number of
workers times transportation distance.

Potential
Freshwater
Eutrophication
Potential
Fossil
Depletion
Potential

EP

2.41E+00 kg
P eq

1

FD

6.01E-04 kg
oil eq

1

Normalisation of the above categories was based on
ReCiPe normalisation factors on a per capita emission
basis in EU 25+3 for the year 2000. Weighting factor
was set as “1”, which means all five impact categories
have the same importance level. But, the user can change
this value in BridgeLCA.
4.6 LCA RESULTS WITH VARIANTS
4.6.1 The effect of various maintenance intervals
Here, maintenance interval was the only variant, and
without considering traffic on the bridge. During the
replacing work of the deck, it was assumed that the extra
traffic was generated due to reduced speed limit from 80
km/h to 50 km/h, and the work duration was 10 days.
For the three maintenance actions considered in this
LCA of Vihantasalmi Bridge, three intervals (minimum,
median, maximum) of each action were applied. The
purpose was to find out the influence of the maintenance
intervals on environmental impact during the life cycle
of the bridge.
Since different maintenance intervals affect the
environmental performance of the bridge during the
operation and maintenance (OR&M) stage, LCIA
midpoint results of this stage are displayed in Figure 7.

4.5 ENVIRONMENTAL IMPACT CATEGORIES
The environmental impact results generated by
BridgeLCA were limited to five impact categories: GWP,
ODP, AP, EP and FD. Relevant evaluation method and
factors are listed in Table 3.
Table 3: Environmental impact specification in BridgeLCA
(using ReCiPe method) [6]

Environmental
Impact
Category
Global
Warming
Potential
Ozone
Depletion
Potential
Terrestrial
Acidification

Normalisation
factor (eq =
equivalent)
8.92E-05 kg
CO2 eq

Weighting
factor

ODP

4.55E+01 kg
CFC-11 eq

1

Figure 7: LCIA midpoint results for OR&M stage based on
different intervals of the three maintenance actions

AP

2.91E-02 kg
SO2 eq

1

It can be concluded that, the impact increases when
maintenance intervals decrease. And the most obvious
impact increment occurred in GWP impact category.

Unit
GWP

1
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In Figure 8, it can be seen that shorter maintenance
intervals induce higher environmental impact, especially
in EP category, which dominates among the five
categories.

4.6.2 The effect of traffic on the bridge
The following figures show the LCA results when
applying median maintenance intervals of actions listed
in Table 1, as well with assessing traffic influence during
the life cycle of the bridge. The Average Daily Traffic
(ADT) value on Vihantasalmi Bridge in the year 2015 is
8434, obtained from Finnish bridge register [7]. This
ADT value consists of 7448 light traffic and 895 heavy
traffic. Average fuel consumption for heavy trucks was
assumed to be 15 L/100km and 7 L/100km for light
vehicles, respectively.
In Figure 10, the effect of traffic on the bridge is
displayed by normalised results.

Figure 8: Normalised LCIA results based on different intervals
of the three maintenance actions

It is also shown that environmental impact of the bridge
with maximum maintenance interval had smallest
influences, even though the advantage is not significant
compared with the one having median maintenance
interval. Thus, longer life of bridge components such as
railings has favour in reducing the environmental impact
during the life cycle of the bridge.
In Figure 9, it is shown that the bridge with different
maintenance intervals had similar distribution of energy
consumption.

Figure 10: Normalised LCIA results during the life cycle of the
bridge

It clearly reveals that the most important environmental
impact categories were EP and FD, while AP, GWP, and
ODP were insignificant. Traffic on the bridge affected
the distribution of different impact categories. Maximum
incremental percentage referred AP impact category,
while the minimum influence was on ODP impact
category.
In Figure 11 it is displayed how different materials
contribute to EP and FD impact. For both categories, in
spite of traffic on the bridge, steel contributed the most
environmental impact, followed by the “others” category
that included traffic on the bridge.

Figure 9: Energy consumption based on different intervals of
the three maintenance actions

Renewable energy here comprises renewable biomass,
wind, solar, geothermic and hydropower; while nonrenewable energy consists of fossil energy, nuclear and
non-renewable biomass. Shorter maintenance intervals
induced higher non-renewable energy consumption
share, but the difference was insignificant. In addition,
the share of renewable energy is about one third of the
total energy consumption, and it could be concluded that
service life of bridge components has less influence to
the share of renewable energy.

Figure 11: Midpoint results from different materials sources
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This could be explained by the fact that, Vihantasalmi
Bridge consists of larger amount of steel reinforcement
and structural steels. Moreover, an obvious percentage
increment in FD impact was caused by the “others”
category when considering traffic on the bridge, since
traffic caused emissions from fuel consumptions.
In Figure 12 it is shown how different life cycle stages
contributed to environmental impact categories and how
traffic on the bridge influence the distribution.

in Table 1 and excluding traffic on the bridge during its
life cycle. The share of each energy source was
calculated based on absolute values (unit: MJ) and in
percentage values (%) of the total consumption.
Energy consumption for materials and activities during
the life cycle of the bridge is shown in Figure 13.

Figure 13: Energy consumption of major materials and
activities

Energy category in Figure 13 comprises diesel,
electricity and other energy consumption. As the major
construction material, timber consumed the most energy.
Then steel accounted for 30% of total energy
consumption. Transportation and other activities took the
least share of the energy, partly due to the conservative
assumption of transportations.
The energy consumption of timber material during the
life cycle of the bridge is displayed in Figure 14.
Figure 12: LCIA midpoint results of different life cycle stages

Regardless of traffic on the bridge, material production
stage took the largest share (over 50%) of the total
environmental impact during the life cycle of the bridge,
while construction stage took the smallest share. This is
due to the prefabrication of the timber elements, which
are the major materials that applied in the bridge.
Operation and maintenance stage took the second largest
share of total environmental impact, while EoL stage
contributed only a little to all environmental impact
categories. This is due to the assumption that most
materials are 100% recycled. When considering traffic
on the bridge, environmental impact of all five
categories
increased
with
varying
degrees.
Environmental impact of EP category increased the least,
while ODP and AP categories increased significantly
over 30%. The reason lies in the large fuel consumption
of massive traffic on the bridge.
4.7 LCA RESULTS REGARDING ENERGY
CONSUMPTION
The following figures show the LCA results regarding
energy consumption of Vihantasalmi Bridge, with
applying median maintenance intervals of actions listed

Figure 14: Energy consumption of timber material

Renewable biomass was the major energy consumed by
timber, and other renewable energy sources such as
wind, solar, and hydropower were nearly not consumed
at all. Fossil consumption mainly came from material
transportation. Therefore, timber that applied in bridges
can be considered as a green material.
Moreover, in the aspect of electricity consumption, the
share was over 10% of total energy consumption. And
the main source of electricity consumption came from
bridge lighting.
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5 CONCLUSIONS
The case study presented in this paper concerns
environmental performance of the superstructure of the
bridge. LCA results show that maintenance intervals
affect the environmental performance, but not
significantly. Traffic on the bridge affects the
distribution of impact categories in different life cycle
stages, with varying extent. However, it is essential to
note that the results of this study are not general findings
for all types of timber road bridges, since the studied
bridge is a special case with having long span and heavy
traffic. Further studies are needed before summarising
any definite conclusions.
The results of the case study reveal the dominant
parameters for different environmental impact
categories, where the most important environmental
impact categories are EP and FD. Most important
materials that influence the environmental performance
of the superstructure of the bridge are the major
materials such as timber and steel. Moreover, material
manufacturing stage takes the biggest share of total
environmental impact, while construction stage
contribute the least. In the aspect of energy consumption,
major material of the case bridge consumes more energy
than others, in which timber material consumes mostly
renewable energy. Electricity consumption caused by
bridge lighting may be taken into account when
conducting LCA on long road bridges.
However, the study is carried out with assumptions and
simplifications, considering only major materials and
activities during the life cycle of the bridge. In order to
improve the accuracy of LCA study, further work may
focus on enhancing data quality of the timber bridge
particularly in the material production phase, along with
clear and realistic life cycle plan of the bridge. In
addition, comprehensive bill of quantities of the project,
EPD data, or environmental emissions of material and
activity suppliers shall be gathered. In the long term, the
bridge with maintenance intervals below average or
median values may be investigated to find out the
common reason. For example, relations between surface
area of the bridge and certain maintenance intervals.
Moreover, sensitivity analysis for weighting factors and
comparison of LCA results for different design
alternatives of the same bridge would be favoured.
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DEVELOPMENT OF PARAMETRIC LIBRARIES FOR BIM OF KOREAN
TRADITIONAL WOODEN STRUCTURE(HANOK)
JeonHwan Cho1, Byeonghan Lee 2, JeongBae Yoon 3
ABSTRACT: The purpose of this study is to develop a building information modelling (BIM) design process for
Korean traditional wooden construction (HanOk). Member design information and parametric libraries have been
derived from the BIM design procedure. The design created through this developed process is examined using the
libraries for HanOk construction.

KEYWORDS: Korean traditional wooden construction (HanOk), BIM, Member information analysis, Parametric
libraries, 3D script programming, 3D simulation

1 INTRODUCTION

123

Recently, there has been a growing demand for
environmentally friendly buildings and diverse Han-style
housing types, such as the HanOk (Figure 1). To meet
these needs, it is necessary to formulate a simple design
and to reduce costs through a modern construction
process. In addition, HanOk design consists of
philosophical elements with respect to form, direction,
layout, and so on. These features were very difficult to
accurately represent by traditional drawings. Fortunately,
it is possible to handle these features through BIM tools
based on 3D drawings. In this study, while taking into

account the various features of the HanOk design, the
traditional HanOk design process was converted into a
modern building information modelling (BIM) process.

2 METHODOLOGY
2.1 AIM
In this study, various design features and properties that
are characteristic of HanOk houses were converted into a
contemporary system using a BIM process, which was
achieved through a developed method.
2.2 METHODS
In this study, the shapes and properties of all elements
constituting the HanOk style are reorganized as digital
information and correlated with each of the elements
used to design this type house. Using the GDL script
from ARCHICAD [1], all elements of a ChoIkGong
building were configured using parametric modelling.
2.3 DESIGN INFORMATION KEY FEATURES IN
HANOK

Figure 1: Korean traditional MyeongJae old house
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2.3.1 HOLISTIC RELATIONSHIP
Building a HanOk structure requires that the pre-made
subsidiary members be assembled all together, rather
than one at a time. It is impossible to build a HanOk
structure separately, without sharing any features with
other members, from the simple rafters to more complex
members like columns. Therefore, one must consider the
whole structure in order to design each member.
2.3.2 RELATIONSHIP WITH THE NATURAL
ENVIRONMENT
To build a HanOk structure, one must observe the flow
of the mountains and waters that affect the integrated
relationship, including the micro- and macro-
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environment, such as the warmth and heat, the dampness
and wetness, and the air flow and wind. Also, one should
take into account the changes of the four seasons. These
observations and surveys serve as the basic construction
principles of the house, which affect the details of all
construction members involved in a HanOk. The
principles can be applied to the placement of the houses,
including their orientation, their roof types, and the
number of muntins required.
2.3.3 RELATIONSHIP WITH THE SOCIAL AND
SPIRITUAL ENVIRONMENT
A number of rules pertaining to the size and decoration
of a HanOk have been established, which depend on the
social class of the residents; the social relationship of
these structures was traditionally closely related to house
organization. The number of rooms and the size of the
houses were also regulated. The individual members
were restricted depending on the size and construction
methods used to build a HanOk. More recently, the
grandeur of a HanOk was determined by the preferences
and economic conditions of the homeowners themselves,
which is indicative of the level of discernment among
the owners.
In addition, many HanOk buildings were constructed by
students or descendants who shared a spiritual heritage
with their teachers, which is based on the respect for the
philosophies and lives of the teachers. As a result,
elements ranging from the basic dimensions of a floor up
to the height of a fence (as a miscellaneous part) were all
carefully determined by the descendants. Those HanOk
structures that still exist have not only been solidly
constructed on firm ground, but a strong foundation was
also laid based on the warm support of the people.

the surrounding nature and the direction of the house,
and these understandings were represented by using it as
a mathematical symbolic system. This indicates that the
mathematical meanings with respect to house orientation
affect again dweller’s entire lives, as well as the related
culture of the specific dwelling.
(3) HIERARCHY
A HanOk is constructed in structures with 3, 5, 7, or 9
cross-beams, depending on the status and size of the
house. These are divided again into 1 higher column
with 5 cross-beams, 2 higher columns with 5 crossbeams, and 1 higher column with 7 cross-beams,
depending on the use of the interior space (Figure 2). In
addition, the depth of the eaves should vary as the
houses become higher. Therefore, the status of buildings
affects almost all of the subsequent members that are
used to compose the houses. As the structure or decor
change, the methods used to manage the timbers, as well
as the assembly sequence used to build a house may vary
in association. Ultimately, these changes serve as
specific attribute information that will be used in an
algorithm to construct a HanOk.

2.3.4 NUMERICAL FEATURES OF HANOK
INFORMATION
(1) PROPORTIONS
Setting the direction of the house, and determining its
connection method with the subsequent members, affects
the entire construction process. Again, most principles
are based on the proportions of the structure, and
technical patterns can be replaced by mathematic
algorithms.
(Setting the direction of the house and the connection
methods of the subsequent members affect the whole
construction process. Again, most principles are based
on the proportions, and the technical patterns can be
substituted by mathematical algorithms.)
(2) DIRECTION
The optimal direction of the houses may be determined
depending on the natural environment near the houses.
Starting from the set direction of the house, its span and
bay will be placed along the complex semantics of
society and family meanings. As a result, a HanOk was
constructed by understanding the arrangement between

Figure 2: HanOk frame type

2.4 CUSTOMIZING PROCESS FOR
TRADITIONAL METHODS
2.4.1 PATH GENERATION REFLECTING THE
CONSTRUCTION METHOD
The aforementioned points are represented within the
parametric modelling process(Figure 3, 4). The proposed
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process was developed to follow the same path as the
traditional design method, in order to express the
proportion and sensibility of HanOk.
2.4.2 CONDITIONAL ASSOCIATION BETWEEN
PARTS AND ASSEMBLIES
A conditional relationship between the parts and the
assembled members was implemented to make
comprehensive decisions on the physical value of the

Figure 3: HanOk customization

Figure 4: HanOk customization detail

structure, including its proportion and shape.
2.4.3 SCRIPT GENERATION FOR THE USER
INTERFACE
Archetype data with specified details were suggested as
default and pre-design values based on the collected data.
Also, these data were implemented as dynamic
information types to facilitate an editable and changeable
object design.
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3 BIM IMPLEMENTATION
3.1 HANOK INFORMATION MODELING (HIM)MEMBER INFORMATION ANALYSIS
To generate a HanOk member BIM library, one must
proceed by analyzing the shape and location information
of the various members involved. The geometry of a
HanOk structure is comprised of a combination of curves
and straight lines that feature a certain degree of
regularity. When analyzing the coordinate values, the
curve radii, as well as the line curvatures, specific
member information can be formulated. The member
analysis for the main beam end of a HanOk structure is
shown in Figure 5.

3.2 HANOK INFORMATION MODELING (HIM)
- 3D SCRIPT PROGRAMMING AND
LIBRARY
Throughout the course of modelling based on the
numerical analysis of a structure’s members, it is
necessary to consider and show the linkage between
other members by defining the global and local variables.
A developed HanOk BIM library includes 5 category
parts (roof, axial member, finishing, stone, and other)
and about 110 types of members (Figure 7). In Figure 8,
a BIM library of column members was developed; the
figure shows many parameters for the BIM’s correlated
members.

Figure 5: HanOk member analysis for the main beam end

In Figure 6, the configuration of column capital by
mathematical expression, so called ChoGag, with
decoration by traditional patterrn is shown.

Figure 7: HanOk BIM library with 5 parts and 110 member types

Figure 6: Configuration of ChoGag capital with decorated
pattern (volute or traditional) by mathematical expression
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Figure 8: Developed BIM library for the HanOk column member

A separate window can be opened to choose a specific
member by entering the script name. Each geometric
description language (GDL) script can be coded to
program the HanOk objects based on numerical
modelling. The script example for IkGong is shown in
Figure 9. By specifying the various parameters, both the
related members are the connection details are generated,
according to a user’s queries.

Figure 9: GDL script programming with its related IkGong
parameters at the top of the column

3.3 EXAMPLE OF PARAMETIC CHOICES FOR
ONE BAY WITH A DOOR
In this study, the door is represented by an external GDL
object example featuring many parametric choices. The
door GDL library is programmed to frame a door and a
door group.

Figure 10: Used variables for one bay with a door
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The internal variables feature a door sill, mid-jamb, head,
bottom rail, mid-rail (lock rail), top rail, side jamb
(lower), side jamb (upper), and trimmer. Each member
can be used to design the moulding, such as a one-sided,
circular, or segmental edge, and the thickness and height
can be adjusted. Various connecting methods based on
moulding type are included. Additionally, cases with or
without the mullion panel, with or without the window at
the mid-jamb, and with or without the head are included.
Next, changes due to external and external variables are
also included.
The external variables include the width of the bay, the
height of the column, the depth of the ChanBang and the
thickness of the column. As the door group, the mullion
panel (saddle panel with cripples, MeoLum) is provided.

The difference in doors based on the numbers of muntins
between a privileged and typical house is also provided
(Figure 12).
In Figure 13, a modelling example is shown, which
presents a screen featuring changes that occur based on
the operation of various variables. While the rest of the
conditions are the same, the door combination can be
seen by modifying a single variable. In this way, these
details can be used to design a HanOk building using
BIM.
In Figure 14, the final result of door example is shown.

(a) Mid-jamb location: 700 + door width: 600

Figure 11: Script that defines the related variables
(b) Door type: multi-door + starting point: 600

(c) Mid-jamb location: 1200 + door type: right
Figure 12: Difference in doors by the numbers of muntins
between a privileged and typical house

Figure 13: Modelling examples based on door combination
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Figure 14: Example of a door result

3.4 HANOK DESIGN BY THE DEVELOPED BIM

Figure 16: HanOk pilot project for a commercial building

The developed BIM libraries featuring the various
members used for HanOk information modelling are
employed during building design, as based on preplanned HanOk drawings.

Figure 17: 3D simulation for a HanOk pilot project using Vbe

5 CONCLUSIONS

Figure 15: HanOk BIM design process using the HIM library

Figure 15 shows the HanOk house, including the roof
frame. Another HanOk pilot project for a commercial
building is shown in Figure 16.

4 APPLICATION OF A 2D DRAWING
AND 3D SIMULATION
The related information extracted from the finished
model is controlled by the BIM tool for required
drawings. Also, completed modelling can be animated as
a movie file for interference checking, exploration, and
demonstration (Figure 17).

1) This study was conducted in order to convert
traditional wooden systems, such as HanOk structures,
into a modern building system. From this research, the
design of the HanOk building can be successfully
linked with modern BIM-based design procedures.
2) It is possible to create a fast and accurate HanOk
design from this development.
3) The new HanOk system designed from BIM process
faces an issue in which the modern life style must be
reflected, while also a universal value must be implied.
4) In order to expand upon the regional architecture
system, so as to extend it to the universal values of
humanity, it is useful to introduce various
characteristics from the traditional wooden system
into modem day building construction. Also, it is
important to exchange this information with
worldwide timber-building systems.
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ODUCTION
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1.1 BACKG
GROUND OF
F RESEARC
CH
Japan has a long history
y of earthquaakes. The tim
mber
structures in Japan have su
uffered great damage
d
causeed by
t
structtures
strong earthhquakes. Old traditional timber
suffered espeecially heavy damage becaause many off the
traditional sttructures often
n have insuffiicient earthquuakeproof perform
mance. Besidees, many of historical
h
townns in
Japan have cclear individu
uality of each town accordinngly
there are maany traditionall timber build
dings of the ssame
construction method or the
t same stru
uctural system
m in
However, thee structural elements
e
and the
each area. H
structural sysstem of these towns are nott often includeed in
the structurall evaluation.
ACTERISTIICS OF THROUGH
1.2 CHARA
COLUM
MN
In the previous study, th
he static tests and the seissmic
h columns w
were
analysis of the frame with through
performed. T
The static testts were perforrmed on the tthree
type specimeens that have the overall wall
w at the seccond
floor. As the result of the test, the structtural
performances of the fram
me with through columns w
were
nalysis was performed
p
on the
verified. Thee seismic an

del with param
meter study. In the case thee
masss system mod
tow
wnhouse has not
n the wall at the first floor, it wass
veriified the relattionship of thhe wall quantiity at the 2nd
d
floo
or.

2 RESEARC
CH AREA
2.1 SAWARA DISTRICT
Thee research areea of the preesent study is the Sawaraa
disttrict of Chiba Prefecture, wh
which is located
d near Tokyo..
Thee Sawara distrrict is a historrical town arrranged on thee
riveerside and con
ntains traditioonal timber to
ownhouse and
d
storrehouse with thick walls aand they built in from thee
latee of 18th centu
ury to the early
ly 20th century as shown in
n
figu
ure 1 and 2 [1]. Many of the
he traditional townhouses
t
in
n
thiss area have thrrough columnns and the lattice door in thee
fron
ntage of the building.
b
Thee frontage dirrection of thee
first floor has few
w walls. Conssequently it iss expected on
n
the timber framees with throuugh columns for structurall
ments.
elem
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Figure 1: Sawara district

In the
t Sawara district, the ressearch about the structurall
perfformance of th
he traditional townhouse was
w carried outt
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from 2010 inn order to beecome existin
ng building saafety
and to build ttownhouses newly
n
[2], [3], [4] and [5].
HQUAKE DIISASTER
2.2 PREVIIOUS EARTH
On 11 Marcch, 2011, timb
ber structuress suffered a ggreat
deal of damaage due to thee 2011 off the Pacific coasst of
Tohoku Earrthquake. Th
his earthquak
ke destroyedd or
severely daamaged 289 houses in the Katori city
including thhe Sawara district. In the Sawara disttrict,
many falls oof roofing tilees, collapse of mud walls, and
foundation ddamage were observed
o
as sh
hown in figuree 3.

Figure 2: Map of Sawara
S
districtt

ECT OF RESE
EARCH
2.3 SUBJE
2.3.1 Characteristics off the subjects
The subjectts of the eaarthquake anaalyses were five
traditional tim
mber townhouses as show
wn in table 1. The
target housess are building with the typical characteri stics
of this area. The wall quaantity in the frontage
f
direcction
v
few and it was not ablle to
(X) of the firrst floor was very
satisfy the cuurrent standard
d.
Table 1: Subjeects of this research

Name

FKS

Figure 3: Earthquake Disaster Ob
Observation at March
M
3 2011

KBR

SNTK
K

KBK

SBD

Photo

Excluded th
he survey

Plan

Year

1895

1892

-

-

1880

Story

2

2

2

2

2

Area

47.5

28,7

41.4
4

49.1

35.5

Characteristiics of through
h column
No.

18

8

8

9

17

Size

12

11.5

12

14.5

16.5

0.20

0.10

0.40

0.51

Result of Seiismic diagnosis [6]
1F-X

0.06

0.07

0.03

1F-Y

0.36

0.16

0.71

* Area [m2]], Size: dimension
n of column [cm]]
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scalle was changeed to determinne the seismicc clearance off
them
m.
Mo
oreover, to determine the liimit of collap
pse, the inputt
scalle of the simulated waves w
were controlled.
8

Mud wall
M
B
Boading
horizontal diaphragm
d

7
6

Load (kN/p)
( /p)

2.3.2 Seism
mic diagnosis
Seismic diaagnosis was performed on the taarget
townhouses bbased on the investigation
i
[6]. The markks of
the seismic ddiagnoses at the
t first floor varied from 0.03
to 0.20 in thee X direction, as shown in Table
T
1. The m
mark
calculated horizontal load-carrying
g capacity by
necessary hoorizontal load--carrying capaacity and if it was
less than 1.00, the building
g has possibiliity of collapsee by
large earthquuake in the Japanese Buiilding Cord. The
seismic diaggnosis on five townhousess indicated ‘hhigh
possibility off collapse’ beecause these to
ownhouses onn the
X direction oof the first floo
or have few beearing walls.

5
4
3
2
1

3 EARTH
HQUAKE RESPONS
SE
ANALYSIS

0
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150
200
250
Deformation angle (mrad.)

300

350

d floor
(1) mud wall and
1
14
Sasshikamoi

1
12

Ten
non joint (+)

1
10

Moment (kNm)

3.1 ANALY
YSIS MODEL
To evaluatee the structtural perform
mance, the five
townhouses were mod
delled two type as thhreedimensional frame modeel, as shown in figure 4.. To
t through column
c
on w
whole
clarify the innfluence of the
performance, the models of Type A have throough
he models of T
Type
columns withh the actual situation and th
B consist wiithout through
h columns as replacing
r
throough
olumn. The horizontal looadcolumn withh jointed co
resisting eleements are mud
m
walls an
nd frames w
which
consist of thhe through co
olumn and beaam. The skelleton
curves of thee structural eleements were shown
s
in figurre 5.
The models of hysteresis characteristics were referennced
ot modelled bu
ut just considdered
[7]. The rooff truss was no
to the weightt.

0

Ten
non joint (‐)

8
6
4
2
0
0
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00
150
Deformation angle
a
(mrad.)

200

n joint
(2) beam-column
1
18
1
16

Tenon an
nd Cotter pin

1
14

Cramp iro
on

Load (kN)

1
12
1
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8
6
4
2
0

0

4

2

6
8
Displacem
ment (cm)

10

12

(3) joint

CTURAL EL
LEMANTS
3.2 STRUC

acceleration (gal)

Figure 4: Anaalysis model (typpe A: model with through coluumn,
type B: model without througgh columns)
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Figure 5: Skelton curves
c
of structtural elements
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T WAVE
3.3 IMPUT
The input w
waves of the analysis weree three simullated
earthquake m
motions equivalent to deesign earthquuake
ground motioon based on th
he Japanese Code,
C
as show
wn in
figure 6 andd 7. The simu
ulated waves were
w
modulatte to
the standard level using coefficient 0..85 and the innput
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1400

No.1

1200

Acceleration (gal)

(5) SBD
In the case of SBD, the townhouse was not collapsed.
However, the bending deformation was observed at the
joint of the through column and the beam of the second
floor.

No.2

1000

No.3

800
600
400
200
0

0.1

1
Period(s)

10

Figure 7: Acceleration response spectrum

3.4 RESULT OF ANALYSIS
3.4.1 Load-displacement relationship
The earthquake response analysis was performed on the
five townhouses, as shown in table 2 and Figure 8. As
the result, the load – displacement relationship,
maximum load, seismic shear coefficient and damage
process were shown.
(1) Type A: actual situation of the townhouses
In the results of the Type A model, KBR and SNTK
were collapsed by the large earthquake scale on equal
with the Japanese Code, therefore they were not satisfied
the structural requirement of the Japanese Code, because
they have few walls in the frontage direction at the first
floor. The seismic shear coefficient (C0) of five
townhouses varied from 0.06 to 0.42.
(2) Type B: situation of standard seismic diagnosis
In the results of the Type B model, it was found that in
the case of almost half, they were collapsed by the same
earthquake scale of Type A model. The seismic shear
coefficient varied from 0.04 to 0.41. The structural
performance of FKS and SBD became lower, other
hands that of KBK was indicated almost the same. The
results of Type B were not actual situation of these
townhouses, however in the standard evaluation method
of seismic diagnosis the structural performance of the
through column was not taken in consideration. There is
large difference on the structural performance between
the actual situation and evaluation situation.
3.4.2 Damage process
The damage process of the Type A model were shown in
figure 9.
(1) FKS
In the case of FKS, the bending failure of column was
observed at the joint of the through column and the beam
of the 2nd floor.
(2) KBR
In the case of KBR, the townhouse was collapse with
torsion by eccentricity of the strength.
(3) SNTK
In the case of SNTK, the first story had large
deformation. After 9 sec, the townhouse was collapse.
(4) KBK
The wall quantity at the first floor of this townhouse is
higher than other townhouses. In this case, the failure of
anything was not observed.

3.4.3 Comparison with through column and jointed
column (Type A and B)
The results of the model with through column (Type A
model; the actual situation) are compared with that of the
model without through column (Type B model; the
evaluation situation of current seismic diagnosis), as
shown in table 3, figure 10 and 11. As the result of the
Type A model, FKS, KBK and SBD have enough
structural performance. On the other hands, as the result
of the Type B model, Only KBK has high structural
performance. Moreover, the bearing load per one
through column and the bearing load ratio were
calculated from difference of the two models. In the case
of FKS and SBD, they have high seismic coefficient in
the Type A model and the bearing load, because they
have many or large size of through column. In the case
of KBR and SNTK, they have few structural
performances for lack of through column and other
structural elements. However, in the case of KBK,
though there were through columns of the fairly large
size the bearing load of the through column was very
small. It was indicated there are also other factors that
determines the structural performance of through column
in addition to the number and the size of column and the
wall quantity at the second floor.
3.4.4 Effect of the through column
In order to verify the factor of the strength effected by
through column, the relationship between the load per
one through column and carrying capacity of the seismic
diagnosis were shown in figure 12 and 13.
The figure 12 shows the relationship of the load and the
carrying capacity of second floor on the seismic
diagnosis. On this figure, there were correlation between
the load and carrying capacity on the seismic diagnosis
partly. However, on the relationship between the load
and carrying capacity of only the second floor, the data
of KBK did not match the tendency.
On the relationship between the load and carrying
capacity ratio of second floor and first floor, the data of
all houses almost match the tendency as shown in figure
13. If they have large difference between the carrying
capacity of the second floor and first floor on seismic
diagnosis, the bearing load per one through column
become larger.
In other words, the factor of the strength effected by
through column is not only the strength at the second
floor, but also the relationship the difference between the
strength of first floor and second floor.
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Table 2: Results of the analyses (X)

Type

Wave

Value of

FKS

KBR

SNTK

KBK

SBD

1.0

0.6

0.5

1.7

1.5

102.7

19.1

16.2

112.9

106.2

92.5

21.5

15.8

111.3

111.0

92.8

19.4

16.8

108.1

110.1

96

20

16.2

110.8

109.1

0.30

0.18

0.06

0.42

0.35

1.0

0.4

0.2

1.6

0.7

60.4

17.5

10.4

109.3

54.4

57.2

14.8

9.8

108.0

54.1

60.8

19.6

9.8

107.3

55.6

59.5

17.3

10

108.2

54.7

Input scale
No.1
No.2

A

Maximum load*1
(kN)

No.3
Ave.

C0

*2

Input scale
No.1
No.2

B

Maximum load*3
(kN)

No.3
Ave.

*2

0.19
0.15
0.04
0.41
0.18
*1: at the first floor, the scale of the input wave is on the safety clearance
*2: the seismic shear coefficient, the maximum load divide by the weight of the building
*3: in the shaded parts, the maximum load were adopted before collapse
C0

120

FKS 1.0

80

40

40

40

0

Load (kN)

80

0
‐40

‐40
TC

‐80
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(1) FKS ((0 sec., 8.6 secc)

(2) KBR ((0 sec., 8.3 sec., 10 sec.)

(3) SNTK
K (0 sec., 7.8 sec.,
s
9 sec.)

(4) KBK (0 sec., 10.10 sec.)

(5) SBD ((0 sec., 9.27 sec., 12 sec.)
Figure 9: Dam
mage process (T
Type A)
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Table 3: Seismic Performances on the frontage direction (X)

FKS

KBR

SNTK

KBK

SBD

Number

18

8

8

9

17

Size (cm)

12

11.5

12

14.5

16.5

319

114

259

265

309

Seismic diagnosis*1

0.06

0.07

0.03

0.20

0.10

Px-1F (kN)

4.4

3.4

2.2

13.8

6

Px-2F (kN)

14.4

5.4

6.1

11.3

18.3

Px-2F/1F

3.3

1.6

2.8

0.8

3.1

Type A

0.30

0.18

0.06

0.42

0.35

Type B

0.19

0.15

0.04

0.41

0.18

Bearing load*3 (kN)

2.0

0.3

0.8

0.3

3.2

Load ratio*4 (%)

38

13.5

38.3

2.3

49.9

Through column

Total weight (kN)

Structural
Performance
C0*2

*1: Px is bearing capacity, *2: the seismic shear coefficient, refer to the Table 2
*3: the bearing load is the value per one through column. it was calculated from difference of two models
*4:bearing load ratio of the through column, (Type A – Type B) / Type A×100, refer to the Table 2
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4 CONCLUSIONS
1.

As a result of earthquake response analysis, the
seismic shear coefficients of type A (actual
situation) were from 0.06 to 0.42 and that of the
type B (situation of current standard seismic
diagnosis) were from 0.04 to 0.41. Some
townhouses with the actual situation in this area
may be enough to the Japanese Code, they were
higher than the result of the seismic diagnosis.

2.

It was clarified the structural performance of the
traditional townhouse in this area was influenced by
the characteristics of through columns and the
differences between the structural performance of
the first floor and the second floor.
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Study R ardin S i s Id nti i ation or Royal Pala
Fo us d on Chan d o un Pala
Soo Chul Kim1, Ja

an Choi2, Hanul Jan

o Kor a
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ABSTRACT: Changdeokgung Palace is one of the main royal palaces of Korea. Changdeokgung Palace was recorded
as UNESCO World Heritage in 1997. Charter of Cultural Heritage mentions that cultural heritage must preserved in
original form with original materials. However, studies for original materials of Changdeokgung Palace are insufficient.
Most buildings of Changdeokgung Palace are made of wood and each building grants special roles and meanings,
which are politics, entertainment and hospitality. In this study, classification of wooden structural members for Korean
traditional buildings called 'Hanok' and species identification for each structural member were carried out.
Classification for wooden structural members of Daejojeon Hall and Nakseonjae Hall of Changdeokgung Palace were
carried out. The results of species identification show that all of structural members from Daejojeon Hall of
Changdeokgung Palace are made of Korean pine ( inus spp.). Also, all of the structural members of Nakseonjae Hall of
Changdeokgung Palace are made of Korean pine ( inus spp.). After species identification is finished, floor plan
documentation is carried out. Floor plan documentation helps identify what wood was used for each structural member.
In conclusion, the results yielded that the palace building of Korea are made of Korean pine ( inus spp.) and every
wooden structural member are composed of Korean pine ( inus spp.). Application and utilization for conservation and
restoration of Changdeokgung Palace with this database is expected. Also, it may help with the authenticity of
conservation works.

KEYWORDS: Species identification, Korean traditional wooden building, Royal palace of Korea

1 INTRODUCTION 12
Changdeokgung Palace is the most of the main royal
palace of the Korea in Joseon Dynasty. It has an area of
553,158m2 and it is composed of architectural structures,
palaces and government buildings. Changdeokgung
Palace has three main areas, which are spaces for politics,
residence and comfort. Rear side of Changdeokgung
Palace has ample forestation for more than 300 years.
King Taejong of Joseon dynasty built Changdeokgung
Palace in 1405. In Korea, there are many royal palaces,
which are Gyeongbokgung Palace, Changgyeonggung
Palace, Deoksugung Palace and Changdeokgung Palace.
Most of them were lost during the Japanese invasion of
Korea in 1592 [1]. In 1610, Changdeokgung Palace was
rebuilt and 13 kings lived here over the course of 270
years. Figure 1 shows the scenery of Changdeokgung
Palace in the 1830s. As can be seen in Figure 2,
Changdeokgung Palace was located in the middle of a
mountain unlike other palaces.
In 1997, Changdeokgung Palace was designated as
UNESCO World Heritage, because of its historic and
1Department

of Conservation Science, Korea National
University of Cultural Heritage, oldforest@nuch.ac.kr
2
Department of Heritage Conservation & Restoration, Graduate
School of Convergence Cultural Heritage, Korea National
University of Cultural Heritage, saiphk17@naver.com,
win0612@naver.com

academic values. Almost every building in
Changdeokgung Palace were made of wood and it has
own facility such as politics, entertainment, hospitality.
The Cultural Heritage Charter of Korea states that
cultural heritage must be preserved in its original
formation and be restored by original materials. In
addition, it mentions the authenticity of cultural heritage
and conservation materials [2]. Therefore, investigation
for structural members and species identification of
important Korean traditional buildings such as National
Treasure and Treasure are required. Conservation and
restoration works must reflect investigated data.
However, only few studies of structural members and
species identification of Changdeokgung Palace have
been carried out.
In this study, structural members and species
identification for Daejojeon Hall of Changdeokgung
Palace and Nakseonjae Hall of Changdeokgung Palace
are investigated. With this database, great help could be
given to authenticity of conservation and restoration
works.
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Figure 1: ongg ol o

he astern alaces

Figure 3: cenery o
alace

aejojeon

all o Chang eokgung

Figure 2: cenery o Chang eokgung alace

2 OBJECT AND METHOD
2.1 OBJECT
Daejojeon Hall of Changdeokgung Palace and
Nakseonjae Hall of Changdeokgung Palace are selected
as investigative objects. Daejojeon Hall of
Changdeokgung Palace was designated as Treasure
Number 816 in 1985. There are no records regarding
when it was built, but it has records of being rebuilt in
1496. This means Daejojeon Hall of Changdeokgung
Palace was built before 1496 [3]. It is regarded to have
been burnt during Japanese invasion of Korea in 1592
and rebuilt in 1609. It was burnt and rebuilt again in
1647. Yet again it was lost and rebuilt in 1833. In 1919,
it was transferred from Gyeongbokgung Palace to
Changdeokgung Palace, which resides up to today as can
be seen in Figure 3. Daejojeon Hall of Changdeokgung
Palace was the main living space for most royal kings
and queens of Joseon dynasty. Actual furniture used by
kings and queens in the past are preserved in the inner
space as can be seen in Figure 4. The interior of
Daejojeon Hall of Changdeokgung Palace is divided in
to residence area, serving area and bedrooms. Studies on
dendrochronology have been carried out in the past, but
none have been carried out on species identification [4].

Figure 4: nsi e o
alace

aejojeon

all o Chang eokgung

Nakseonjae Hall of Changdeokgung Palace was
designated as Treasure No. 1764 in 2012. It was built in
1847 by King Heonjong of Joseon dynasty [5].
Nakseonjae Hall of Changdeokgung Palace has a unique
style of not using Korean traditional paint called
Dancheong. There are many reasons why there is no
Dancheong on Nakseonjae. One of the main theories is
because concubines used this building. This wooden
building was originally built for the prince, but after
1847, concubines began to use it. Since 1884, it is used
to serve the royal guests and foreign ambassadors up to
today as can be seen in Figure 5 and 6. It is a great
example of utilization of Korean traditional wooden
buildings. Despite this fact, no species identification has
been carried out for this building. In this study, main
wooden structural members composing Daejojeon Hall
and Nakseonjae Hall of Changdeokgung Palace have
been investigated. Species identification has also been
performed.
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members of Daejojeon Hall and Nakseonjae Hall of
Changdeokgung Palace are defined.

Figure 5:
i e
ie
Chang eokgung alace

o

akseonjae

all

o
Figure 7: eneral orm o

Figure 6:
ront ie
Chang eokgung alace

o

akseonjae

all

anok

o

2.2 METHOD
2.2.1 Classi i ation or ood n stru tural m m rs
Korean traditional wooden buildings are called ‘Hanok’
and it has a unique style. Construction style of Hanok
includes Ondol and Maru, which provides balanced
cooling and heating. Ondol is s method of heating up
stones beneath the floor to warm up the building. Maru
is wood that is placed above the floor to let air pass
through, thus cooling down the building. On the roof,
tiles called Giwa are placed which is only present in
authoritative buildings [6]. Formation of Hanok varies
by shape of roof, height and type of Giwa, which shows
the status of the owner of the building. Figure 7 is the
general formation of a Hanok. The special aspect of
Hanok is that it does not need mortar because wooden
structural members are attached together as can be seen
in Figure 8 [7]. Main wooden structural members are
generally put together to make Hanok as can be seen in
Figure 9. Most main wooden structural members of
Hanok are unified although there are slight variations.
Hanok has modern architectural parts such as pillar and
girder as well as original parts.
In this study, main wooden structural members were
classified and the meanings of wooden structural

Figure 8:
mem ers o

ttachment o
anok

main

oo en structural

Figure 9: ame o main oo en structural mem ers o
anok ational Research nstitute o Cultural eritage,
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2.2.2 S

i s id nti i ation

Overall species identification is carried out through the
process shown in Figure 10.

Figure 10:

for sampling as can be seen in Figure 11 and 12. The
sampling is carried out from natural cleavages using
scalpels as in Figure 12. If there are no natural cleavages,
sampling is performed in inconspicuous area of wooden
structural members. The samples are stored in zipper
bags and the name of building and location of wooden
structural members are labelled as specifically as
possible. Sampling is carried out on every wooden
structural member possible.

erall process o species i enti ication

Firstly, past studies and floor plans of Daejojeon Hall
and Nakseonjae Hall of Changdeokgung Palace are
collected. Based on this, wooden structural members are
classified and sampling locations are selected. Naming
of wooden structural members is referenced from
'Structures of Archaeological Wooden Buildings
(Cultural Heritage Administration, 2007)'. For other
wooden structural members, experts on Korean
traditional buildings and repair reports are consulted.

Figure 11: ampling y la

Figure 12: ampling y sca ol ing
Species identification is carried out by creating slices of
samples of 20 ~ 30 ㎛ width with a razor blade (ST-300,
Dorco, Korea) or microtome blade (YL-MBA35, YLS,
Korea) for the cross, radial and tangential sections. The
created slices are dyed in safranin (0.5~1%, aq. soln.) for
2 minutes and washed thoroughly before being placed on
the slide glass. To complete the preparat, glycerine (50%,
aq. soln.) is used to mount the sample with cover glass
and slide glass as can be seen in Figure 13. Optical
microscope (Eclipse Lv 100, Nikon, Japan) is used to
identify the anatomical characteristics of wood species
as can be seen in Figure 14. The wood species are
determined according to the standards set by IAWA: List
of Microscopic Features for Identification [8-12]. Final
confirmations are made by comparing with the samples
sent from Korea Forest Service and Korea Forest
Research Institute.

er

Next, field works are performed. It is checked whether
pre-inspection and field situations are in accordance. The
precise structures and main structural members of
Daejojeon Hall and Nakseonjae Hall of Changdeokgung
Palace are confirmed. To decide the appropriate tools
and equipment necessary for sampling, the inside of the
buildings and the environment are researched. The
scaffoldings, multi-purpose ladders and ladders are used

Figure 13:

aking process o preparat
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Bo

Changbang

Figure 14:

icroscope o ser ation

2.2.3 Data as onstru tion and loor lan
do um ntation.
Microsoft Excel is used to effectively search, calculate
and analyse the data from species identification. As in
Figure 15, data are input. Floor plan documentation is
performed in floor plan of pre-inspection for eidetic
understanding of each wooden structural member. Floor
plan is documented and each major wooden structural
member is labelled to assist in the recognition of the
location of each wooden structural members.

Dori

Jangyeo

Inbang

Judu
Dongjaju

Figure 15:

3

icroso t

cel ata

Chunyeo

RESULT

3.1 CLASSIFICATION FOR WOODEN
STRUCTURAL MEMBERS
As result of species identification performed on each
major wooden structural member of Daejojeon Hall and
Nakseonjae Hall of Changdeokgung Palace is as in Table
1: pillar, Bo, Changbang, Dori, Jangyeo, Inbang, Judu,
Dongjaju, Chunyeo, Sare, Daegong and Guipo [13].
Table 1:
planation or structural mem ers o
aejojeon all o Chang eokgung alace
Structural
member
Pillar

Explanation
The pillar transmits the weight of the
building to the ground. Generally, pillars

Sare
Daegong

Guipo

of Hanok are mounted on the foundation
stone.
Bo is a horizontal wooden structural
member that connects the front pillar and
the back pillar. The weight applied on
Dori is transmitted through the Bo and
pillar to the ground. It serves same role as
a girder in modern architectures.
Bo is classified into Daebo, Jungbo,
Jongbo and Toetbo by location.
Changbang is a wooden structural
member that connects the top of the
pillars horizontally.
Changbang is classified into Meongae
Changbang and Tuen Changbang by
location.
Dori is a wooden structural member
placed horizontally beneath the rafter.
The weight of roof is directly transferred
to the Dori.
Dori is classified into Jusimdori,
Jungdori and Jongdori by location.
Jangyeo is a wooden structural member
placed beneath the Dori to hold it up.
Jangyeo shares the weight of rafter with
Dori.
Inbang is a wooden structural member
placed horizontally between two pillars.
Inbang fixes the pillars in place and help
stabilize
them
against
horizontal
pressure.
Inbang is classified into Sangbang,
Jungbang and Habang by location.
Judu is a small wooden structural
member placed on the top of the pillar to
transfer the weight to the pillar.
Dongjaju is a small wooden structural
member placed above the Bo or Dori to
act as a short pillar.
Chunyeo is a wooden structural member
placed 45 degrees at the edge of the roof.
Chunyeo bears the most weight so
generally, most damage is done to
Chunyeo.
Sare is a wooden structural member
connected to the end of Chunyeo.
Daegong is a wooden structural member
placed above the Jongbo to hold the
Jongdori in place.
Daegong not only has structural purposes
but also has aesthetical values with its
many shapes. Its shape varies according
to time in history.
Guipo is a wooden structural member
placed on the edge of the building. It has
complex structures as many other
wooden structural members intersect
here. It generally has symmetrical
formation.
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3.2 SPEICES IDENTIFICAION RESULTS
3.2.1 S i s id nti i ation r sult or th Da joj on
Hall o Chan d o un Pala
Korean pines ( inus spp.) are identified from every
structural member from Daejojeon Hall of
Changdeokgung Palace, which can be seen in Table 2.
Pillar, Changbang, Dori, Jangyeo and Inbang are
identified as Korean pine ( inus spp.) through species
identification. Wooden structural member called Bo is
classified into Daebo and Toetbo, which are identified as
Korean Pine ( inus spp.) through species identification.
Judu is classified into Daejudu and Sojudu, which are
identified as Korean pine ( inus spp.) through species
identification. Inbang are identified as Korean pine
( inus spp.) Microsoft Excel database is made with the
researched data. In the Microsoft Excel database every
wooden structural members have sample number,
species, sampling date, researcher and sample location.
Sample names referred to the pillars; for example,
Changbang (Pillar 1 - pillar 2). Through this naming
method, one can easily check the exact location and
species of wooden structural members as can be seen in
Figure 15.
Table 2: pecies i enti ication result or
o Chang eokgung alace
Wooden structural
member
Pillar
Bo(Girder)
Changbang
Dori
Jangyeo
Inbang
Judu
Total

Species

-

inus spp.
inus spp.
inus spp.
inus spp.
inus spp.
inus spp.
inus spp.

aejojeon

Table 3: pecies i enti ication result or
all o Chang eokgung alace
Wooden structural
member
Pillar
Bo
Changbang
Dori
Jangyeo
Judu
Dongjaju
Chunyeo
Sare
Daegong
Guipo
Total

Species

-

akseonjae

Number

inus spp.
inus spp.
inus spp.
inus spp.
inus spp.
inus spp.
inus spp.
inus spp.
inus spp.
inus spp.
inus spp.

27
13
21
24
24
27
2
6
6
2
4
156

3.2.3 Anatomi al hara t risti s o Kor an in
Pinus s .

all

Number
50
15
20
21
19
18
100
243

Figure 16: Cross section ×
spp

o

orean pine

inus

Figure 17: Ra ial section ×
spp

o

orean pine

inus

3.2.2 S i s id nti i ation r sult or th Na s onja
Hall o Chan d o un Pala
Korean pines ( inus spp.) are identified from every
structural member from Nakseonjae Hall of
Changdeokgung Palace, which can be seen in Table 3.
Wooden structural member called Bo is classified into
Daebo, Jungbo and Toetbo, which are identified as
Korean pine ( inus spp.) through species identification.
Changbang are classified in to Changbang and Tuen
Changbang, which are identified as Korean pine ( inus
spp.) through species identification. Dori are classified
into Jusimdori, Jungdori and Jongdori, which are
identified as Korean pine ( inus spp.) through species
identification. Jangyeo, Judu, Dongjaju, Chunyeo, Sare,
Daegong and Guipo are identified as Korean pine ( inus
spp.). Microsoft Excel database is made with the
researched data.
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wooden structural member can be checked more quickly
and easily.

Figure 18:
inus spp

angential section ×

o

orean pine

As the micro observation result of species identification
through optical microscope for each preparat, the
latewood turns rapidly to the early wood and vertical
resin canal can be found in cross section as can be seen
in Figure 16. Ray tracheid have demate toothed
thickening and bordered pit mainly in one row as can be
seen in Figure 17. Also, crossfield pitting observed as
fenestriform. Tangential section is composed of
uniseriate rays and radial parenchyma cells as can be
seen in Figure18. Demate toothed thickening,
fenestriform of crossfield pitting and vertical resin canal
are the specific anatomical characteristics of Korean pine
( inus spp.) [14, 15].
3.3 DATABASE AND FLOOR PLAN
DOCUMENTATION RESULTS
Floor plan documentation is performed to present the
visual representation of the researched and analysed data.
The floor plan documentation data is expected to aid in
the application and utilization of conservation and
restoration of cultural heritage in the future. The said
data is stored in National Research Institute of Cultural
Heritage, Korea for traditional wooden structure experts
to view freely.

Figure 19: loor plan ocumentation or
all o Chang eokgung alace

aejojeon

3.3.2 Floor lan do um ntation r sults or
Na s onja Hall o Chan d o un Pala
Nakseonjae Hall of Changdeokgung Palace is composed
of 27 pillars and 2 Daebo. Also, each wooden structural
member is given an original name referring to its pillar
and original number. For example, the wooden structural
member, specifically Changbang, between pillar number
one and two is recorded as Changbang (Pillar 1-2). In the
floor plan documentation data, the original colors are
designated for each wooden structural member to easily
tell apart which species is used. Korean pine ( inus spp.)
is identified in Nakseonjae Hall of Changdeokgung
Palace and this species is colored white in the diagram in
Figure 20. By looking at the Microsoft Excel data and
the floor plan documentation data simultaneously, the
species of wooden structural member can be checked
more quickly and easily.

3.3.1 Floor lan do um ntation r sults or
Da joj on Hall o Chan d o un Pala
Daejojeon Hall of Changdeokgung Palace is composed
of 50 pillars and 4 Daebo. Each wooden structural
member is given an original name referring to its pillar
and original number. For example, the wooden structural
member, specifically Changbang, between pillar number
one and two is recorded as Changbang (Pillar 1-2). In the
floor plan documentation data, the original colors are
designated for each wooden structural member to easily
tell apart which species is used. Korean pine ( inus spp.)
is identified in Daejojeon Hall of Changdeokgung Palace
and this species is colored white in the diagram in Figure
19. By looking at the Microsoft Excel data and the floor
plan documentation data simultaneously, the species of

Figure 20: loor plan ocumentation or
all o Chang eokgung alace

akseonjae
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4 CONCLUSIONS
Through classification of wooden structural members
and species identification of Daejojeon Hall and
Nakseonjae Hall of Changdeokgung Palace, pillars, Bo,
Changbang, Dori, Jangyeo, Inbang, Judu, Dongjaju,
Chunyeo, Sare, Daegong, and Guipo are confirmed as
wooden structural members. In Daejojeon Hall of
Changdeokgung Palace, 50 pillars, 15 Bo, 21 Changbang,
18 Dori, 19 Jangyeo, 10 Inbang and a 100 Judu are
confirmed. In Nakseonjae Hall of Changdeokgung
Palace, 27 pillars, 13 Bo, 21 Changbang, 24 Dori, 24
Jangyeo, 27 Judu, 2 Dongjaju, 6 Chunyeo, 6 Sare, 2
Daegong and 4 Guipo are confirmed. Interestingly, all
these wooden structural members are made of Korean
pine ( inus spp.). The significance of this is that it
implies the use of Korean pine ( inus spp.) in
constructing royal palaces in Korea. This implies the
existence of Korean pine ( inus spp.) in Korea back in
the fifteenth century. Most importantly, this database let
us use same species of wood in the conservation and
restoration for Daejojeon Hall and Nakseonjae Hall of
Changdeokgung Palace in Korea, aiding in the
authenticity.
Furthermore, through species identification of royal
palaces of Korea and other important traditional wooden
buildings, more databases can be gathered, ultimately
leading to authentic conservation and restoration of
wooden cultural heritage in Korea.
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STANDARD REPAIR DETAILS FOR HISTORIC ROOF STRUCTURES
ACCOUNTING SUPPORT DAMAGE AND MOUNTING SITUATION
Florian S harma h r1, Kay U

S ho r2, Nils Almst dt3, Mar B tt s3

ABSTRACT: In literature, which deals with the rehabilitation of historic structures, historical wood structures and their
damages are fully described. With regard to the amount of structural types and influencing factors it is subsequently
specified that no general repair recommendations can be given. A systematic approach is missing and solutions are
limited to repair-only connections, ignoring mounting situations with their fixed points. The essence of the presented
work is a mapping table, which combines 11 types of damage and 8 mounting situations with 80 damage situations and
assigns these to 51 standard repair details. Thus, the presented study supports the structural engineer in the systematic
repair of support It helps with the targeted detection of damage situations and offers concrete solutions in form of a
standard repair catalogue, rated in constructive, historic preservation and economic perspectives.
KEY WORDS: cultural heritage, timber constructions, historic roof structures, baroque, mounting situation

1 Ba

round and roj t aims

123

in religious buildings in southern Germany in the 17th
and 18th centuries [2].

As structural engineers are the consultants/advisors for
the building owner, they have a decisive role. Therefore,
developed solutions have to be equally in constructive,
economic and historic preservation aspects. Standard
repair details can assist the planners in their work and
improve the repair quality.
The development of applicable standards in general for
the structural repair in heritage conservation is not
possible. The large number of different structures,
building materials and geometries indicate the individual
character of these buildings. In particular, this will
protect themes representatives of past epochs. For
example, the so-called “liegende Stuhlkonstruktionen”
(lying chair constructions) with pentagonal joist,
compression members, and mostly cast-iron fasteners is
a typical structure of the baroque period [1] (Figure 1). It
enables architecture with ornate and therefore heavy
plaster blankets over large spans, which frequently occur
Figure 1:
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ra ing o a historic roo rom

The reason for developing a special standard repair
catalogue was the high proportion of the baroque church
roof structures with similar versions and damage
symptom. Repair suggestions in handbooks etc. reflect
today's point of view. Mostly, they only cover the pure
timber joint without considering the mounting situation.
Therefore, the aim of this work has been the
development of a catalogue with standard repair details,
taking into account the specific mounting situation
(Figure 2). In addition to geometrical parameters, the
high requirements on listed heritage buildings have been
respected.
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The geometry and arrangement of the other components
at lying chair constructions with pentagonal threshold
have been developed over many generations of
experience.

n

er
1
2
3
4
5
6
7

o ponent
centring beam
span
outer sole plate
inner sole plate
pentagonal joist
(sleeper)
King post
longitudinal bracing
elements

Figure 2: chematic ra ing o an in estigate

ase point

2 Mountin Situations
2.1 R r s ntati

as

oint

The mounting situation during the repair work is a very
important parameter. For example, the existence of a
mold is an essential criterion, how to repair a roof. The
pattern of mounting situations was defined on the basis
of 36 evaluated projects with lying chair constructions in
the archives of the engineering office Barthel & Maus,
Munich. Here, the geometry and dimensions of
representative base points have been crucial. An
exemplary base point is shown in Figure 3.

In general, the dimensions enlarge proportionally to the
size of the building. However, the free span of centring
beams is limited. Therefore you can often find a truss to
relieve the centring beam for spans more than 8 m. In
addition, the dimensions of the cross-sections depend on
the general structure, the location of the building, the
year of edification and the building materials, which
were available at this time. As the mounting situation of
the replacements is not greatly influenced by these
points, the component dimensions for both
representative base points will be identical.
2.2 Cru o th

as

oints

Historic roof structures were built in a specific order; the
connections of the components were selected
accordingly. The difficulty in repairing roof structures is
that they usually cannot be removed until the damaged
component and then can be rebuilt. This approach would
mean an enormous effort for the first installed
components. For other components, such as a stuccoed
ceiling, this would not be possible without the loss of
valuable substance. Through the structure itself and the
adjoining elements which arise in lying chair
constructions with pentagonal threshold, the following
fixed points that impediment the exchange:
 Longitudinal bracing elements
 Eaves area
 Transition to the inner space

Figure 3:

emplary ase point o church roo

The development of the standard repair details carried
out on a representative base point. This represents in its
geometry and arrangement of the components, with its
connections, its cross-sectional dimensions and the
mounting situation.
In large roof structures, the centering beam had a
connection with two sole plates; in smaller structures
you can also find constructions with only one sole plate.
The number of sole plates determines the mountability of
the replacements and therefore in the standard repair
details two basic types are distinguished:
 Small roof structure with one sole plate
 Large roof structure with two sole plates

Figure 4:

ra ing o a ase point
elements lue

ith longitu inal racing
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2.3 R r s ntati

mountin situations

From the combination of the identified fixed points,
combined with the two representative base points, the
following eight mounting situations are resulting.

The first simplification is performed in regard to the type
of damage. In accordance with DIN 68800 (wood
preservation) all wood which is contaminated by rot or
insects weakened components has to be removed and
replaced. Except for the different cutback lengths over
the affected area, the damage is irrelevant for the repair
measures. The additional measures, in case of infestation
by dry rot, affecting only adjoining components. They
had just a little influence to the mounting situation.
Accordingly, the type of damage only indirectly flows in
deciding the extent of the removed wood parts.
The definition of damaged areas of the relevant base
point components allows a second simplification. The
sole component may be "without" damage or be within a
certain range area of damage. Figure 7 shows the
components of the base point with its potential damage
types. For example, the centring beam can be without
damage, having only a small damage in the front or the
complete beam can be damaged.

Figure 5:

ra ing o the in estigate mounting situations
he locke areas are sho n in green

Figure 7: otential amage types or a ase point

The combination of the damaged areas results in 192
possible combinations. Reducing the 192 damage area
combinations to eleven frequent types of damage is
based on two aspects:
Figure 6:

ra ing o a e emplary ase point
schematic mounting situation

3 Dama

ith the

Ty s

As different as the base points of lying chair
constructions are, as different are their possible damages.
Because the development of the standard repair details
will primarily depend on the mounting situations and the
extent of damage, they have to be grouped in
representative groups.

i) According to the frequency in which the damage area
combinations occur. For example, a destroyed base
point of a rafter often comes in combination with a
damaged front of a centring beam.
ii) According to the difficulty of repairing. There have
been solutions for apparently difficult situations
developed, as the application of a standard repair
detail in a simpler case is always possible.
Figure 8 shows the final eleven damage types, which
have been investigated.
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the fact that the water could not sufficiently dries due to
the spillage to the crown wall.
Figure 10 show a base point destroyed by dry rot. This
example illustrates the difficulty of identifying the
damage causes in existing buildings definitely. The best
repair measures only help temporarily, if the damage
causes cannot be fixed permanently. After the damage
cause has been eliminated and the subsequent repair has
been finished, a regular maintenance has to be
guaranteed. Most causes could be detected early through
regular inspections by specialists and repaired by small
repair measures if necessary.

Figure 8: inal ele en amage types

Figure 9:

ample o an in estigate

ase point estroye

4.2 Constru ti

as

y ry rot

ts

For permanent use and load-bearing capacity of a
repaired timber structure and the adjoining components,
the following aspects must be considered:

amage type

4 D lo m nt o th standard r air
d tails
4.1 Dama

Figure 10:

aus s

Any damage is the result of one or more causes. For
example, cracks in a stucco ceiling may have been
caused by the deformation of the roof structure. These
deformations could perhaps be based on the lowering of
a main truss which was due to the reduced lateral
pressure resistance of the sole plate, caused by brown
rot. The brown rot may be caused by increased moisture
that had penetrated through a defect roof. This causal
chain is a multi-causality chain if the permanent
penetration by the rainwater was possible and added by

 Moisture content in use has to be below 20%.
 Application of the requirements for the wood
preservation (in Germany DIN 68800) e. g.
compliance with the cutback length of the destroyed
wood.
 Securing of adjoining components.
 Use of suitable timber connectors.
 Conservation or improvement of the robustness of
the structural system.
 Visibility of the repaired details.
 Mountability of the repaired details.
 Considering of the construction stages.
4.3 Histori

r s r ation as

ts

To define the decision criteria with regard to the historic
preservation is difficult. In addition to the Charter of
Venice and the Charter of Mexico, there are widely
divergent and sometimes contradictory requirements of
civil and ecclesiastical authorities of historic
preservation. But the following principles should always
be observed:





Concentrating on the essentials.
Using appropriate materials and techniques.
Use reversible methods.
Development of aesthetic repair details.
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4.4 E onomi as

ts

 The repair details have to be clearly definable.
 Considering the impacts of the effort.
 Materials have to be available.
4.

Illustration o th d tail atalo

The combination of the eight mounting situations with
the eleven damage types resulting in 80 damage
situations. Using the tool of the assignment table (Figure
11) the damage situation is is assigned to the 51 standard
repair details. For every repair detail, a visual guidance
has been developed (Figure 12) to give the carpenters an
advice, how to do it.

Catalo u o Standard r air d tails
.1 G n ral
The investigated eleven damage types have been
combined in eight mounting situations into 80 damage
situations and then one-by-one analyzed [4]. The list of
standard repair details includes 51 suggested repairs
which are dependent on the mounting situation and the
respective damage type.
In some situations, several options are possible. And
most of the suggestions are “backward compatible”. This
means that - for example - the details for replacing the
outer sole plate can also be applied for the replacement
of the inner sole plate due to their better “reachability”
and lower level of difficulty. Every repair detail was
extensive planned and evaluated.
The centring beam connections, due to the high tension
forces and in accordance with the foregoing constructive
aspects, are mostly drawn with bar dowels and fitting
bolts. Significantly lower compression forces have the
vertical scarf in the rafter to transmit. Here dowels and
fully threaded screws are used for the presentation. The
choice in both cases is up the planner and it has to be
decided depending on the situation.

Figure 11: ssignment ta le or the stan ar repair etails

In order to construct and present the standard repair
details, realistic dimensions of the scarfs, reinforcing
plates and cleats in combination with their connectors
are needed. Therefore, six connections are designed and
verified with the cross sections of representative base
points and realistic internal forces.
Basically, vertical scarf and reinforced plate connections
could alternatively be used. Both options have their
advantages and disadvantages. For example, the
production of a scarf connection is usually cheaper than
a reinforced plate connection and quite robust. The
reinforced plate, however, can transmit higher forces and
as a big advantage less intact timber must be cut. In
order to not get too many details, the mostly represented
details are only one of the two variants.
All repair details have been designed with the
assumption that the eaves will be open until the end of
tilting fillet for repairs and is freely accessible.

Figure 13: ra ing o a comple repair etail
Figure 12: Visual “mounting guide” for one damaged support
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.2 Pra ti al a

li ation

a) Damaged centring beam

From the foregoing paragraphs the following sequence
are resulting which supports the structural engineer in
developing (to develop) a repair concept.
 Measuring of the base points
 The measuring is the drawing capturing the
mounting situation. Special attention for the
crucial points should be given.
 Assessment
 Based on the measuring, the damage of all base
points must be mapped. The interest here is primarily
the extension of the damaged area. The type of
damage is not relevant, if a dry rot attack can be
reliably excluded.
 Selection of the repair detail
 When deciding if repairing a detail, the owner should
be involved. Depending on the situation,
constructive, economic or historic preservation
aspects are decisive.
 Standard drawings to detailed drawings
 The cross-sections shown in the catalogue of
standard repair details, connections, timber
connectors, edge distance, working steps, etc. are
used for guidance only. Based on the coordinated
repair concept, the development of the construction
has been finally carried the, based on which the
carpenters do the repairing.
 Using 3D images, the mounting steps on the site can
be well explained. However, for the detailed
drawings, they are unsuitable, because they contain
no textual explanations for clarity. Therefore they
cannot be sufficiently dimensioned and the cost of
customizing the 3D drawings to local conditions is
too high.

Figure 15:

amage centring eam in mounting situation
ith a moul ing

Figure 14 shows an example of a detailed drawing for a
centring beam repair.

Figure 16: tep y step mounting gui e or a amage
centring eam

Figure 14: etaile

.3 E m lary r

ra ing o a centring eam repair

air d tails

The following figures show the situation before
renovation, the step by step mounting guide and an
explosion drawing of the base point.
a) Damaged centring beam
b) Damaged sole plate, centring beam and rafter

Figure 17:

plosion ra ing or the repair o the centring
eam
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b) Damaged sole plate, centring beam and rafter

Dis ussion
The aim of the work to create a catalogue of standard
repair details has been achieved. In the future, structural
engineers can discuss the various repair options and
sensitize young engineers to the discerning work on
monumental timber constructions from the standard
repair details. The clear presentation also makes it
possible to explain the advantages and disadvantages of
variants to building owners and carpenters. After initial
skepticism, there was positive feedback about the repair
details by the carpenters.

Figure 18:

amage sole plate, centring eam an ra ter in
mounting situation ith a moul ing

The catalogue with the standard repair details carries a
certain risk in itself, as the repair of the base points
seems easier than it is. A consistent repair concept
requires more than just choosing a repair detail. There
must be a large expertise on structural modeling,
materials science, wood preservation, standards and
regulations, cultural heritage, calculation, work
techniques of carpentry and other departments.

Con lusions
In literature, the different roof constructions, the
carpentry joints, timber damages and the possibilities for
modeling of historical connections and structures are
discussed in detail. However, with regard to repair
suggestions, the authors only make general statements.
Solving approaches are limited to a few repair examples.
Thus, the present study supports the structural engineer
in the systematic repair of roof supports. It is very
helpful providing targeted damage identification and
offers precise solutions in the form of a standard repair
catalogue, ranking decision aspects of construction,
historic preservation and economic perspectives.
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Figure 19: tep y step mounting gui e or the amage
components

Figure 20:

plosion ra ing or the repair o the amage
components
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HIDDEN HISTORIC STRUCTURES BELONGING TO CULTURAL
HERITAGE: THE TIMBER ROOF OF PORTA NUOVA RAILWAY
STATION IN TORINO
Clara Bertolini-Cestari1, Giovanni Brino2, Luciana Cestari3, Alan Crivellaro4,
Tanja Marzi5, Olivia Pignatelli6, Steni Rolla7, Alberto Violante8
ABSTRACT: The present paper illustrates a wide interdisciplinary project carried out in the frame of the restoration
works of timber roof of Porta Nuova Railway Station in Torino (Italy). Torino, in 1861, was the first capital of the just
unified Reign of Italy. In the same year, Eng. A. Mazzuchetti was in charge to design the railway station of Porta Nuova
in Torino. The design and construction of the station deserved contributions from the most outstanding scientists of that
time, including R. Sephenson who provided the details of the lateral roof structures of the station, and the young Eng.
A. Castigliano who defended his thesis on the design of the great steel vault above the rails. In recent years, the roof
structure needed important maintenance and restoration interventions due to the water leaking which caused the
deterioration of the beneath timber structure. Due to the historical and cultural importance of the building that is
protected by law the holders decided to start a conservative restoration of the great timber roof structures.
KEYWORDS: Timber Preservation, structural assessment, timber reinforcement, dendrochronology

Figure 1: Porta Nuova Railway Station: survey of the building
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of timber elements and their connections belonging to
the roof structure of the railway station of Porta Nuova
in Torino, and to propose interventions to support the
function of the structure when needed. Particular
attention is paid to diagnosis phase and grading
according to the wood mechanical resistance, as a base
of knowledge to define the proper intervention
proposals.
The Porta Nuova Station in Turin was built in 18601867, designed by the Eng. Alessandro Mazzuchetti
(1824 – 1894) [1]. The roofs, subject to restoration in
2015-2016, measure about 2,500 square meters. The roof
covering is made from stone tiles ("bargioline"), each of
about 1 square meter and 2.5 cm. in thickness.
Nowadays this material is no longer available and is only
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replaceable with thicker, therefore heavier, “Luserna”
stone tiles. The roof supporting timber structure consists
of an interesting building typology, mostly preserved
during the restorations works of 1901 and 1908, making
it a real practical "handbook of interventions" still
relevant today.

3 THE TIMBER ROOF STRUCTURE
The Porta Nuova Station has a hidden structure: the great
timber roof structures of the buildings belonging to the
station complex (Figure 3).

2 PORTA NUOVA RAILWAY STATION
The design of Porta Nuova railway station is conceived
in 1860 by engineer Alessandro Mazzuchetti (18241894) from Biella [2]. He was already author of the
railway stations of Alessandria and Genova Principe,
which relies on the collaboration of the architect Carlo
Ceppi (1829-1921).
The station is located in front of the gardens of Carlo
Felice Square, at the middle of the urban plan conceived
in 1851 by Carlo Promis, who is also the author of the
model of houses that surround the station [3].
The layout of the station is simple and monumental at
the same time (Figure 1): a central space of 48 m. span
for a length of 142 m., occupied by 7 railway tracks and
their platforms, covered by a semi-cylindrical steel and
glass vault, with visible structure (built on the model of
the Palais de l'Industrie of Paris of 1856). Two lateral
buildings were hosting services, with wide porches
covered by glass skylights open towards the two lateral
roads (2,000 m2 towards Via Sacchi, for the arrivals side,
and 1,800 m2 towards Via Nizza, for the departures side).
The facades are characterized by two elements that were
innovative at the time: transparency and polychromy.
Transparency is achieved by the empty arches of the
portico on the ground floor and by the arched windows
on the upper floor with coloured glasses (Figure 2).
Polychromy, restored by Giovanni Brino [4], is achieved
with different and visible stones used for portions of the
masonry walls and vaults: purplish gray granite of
Balme, white granite of Montorfano, pink granite of
Baveno, yellowish sandstone of Viggiù, the light ash
colour of sandstone of Saltrio and the dark purplish pink
colour of Angera stone, which can be considered the
main colour of the Railway Station, following the
Chevreul’s principle of harmony and contrast of colours
in order “to give more visibility to the granites tints”.
The lateral building towards Via Nizza, has a
monumental hall 33 m long, 16 m wide, 20 m high, used
as ticket office. The station is completed in 1868, even if
opened in different stages.

Figure 2: Porta Nuova Railway Station: main glass window of
the front facade towards Corso Vittorio Emanuele II

Figure 3: Plan of the restored roofs (top). Aerial view of the
roofs before the restoration (bottom).

It is the original roof system of the lateral buildings and
of the central vaulted part, consisting of a wide timber
structure showing different typologies of trusses, with a
roof covering of flagstones called “lose” of 1 m x 1 m,
anchored to the timber structure through specifically
designed steel elements. In addition, the roof structure
presents the techniques used in the restoration works
carried out in 1901 and in 1908, showing different types
of consolidation based on the reinforcement, sometimes
structural doubling, rather than replacement of damaged
parts. At the beginning of the restoration works, the roof
was provisionally reinforced (Figure 4).

Figure 4: Provisory shoring of a hip-and-valley rafter, made in
2013, before the permanent reinforcement work.

4 DIAGNOSIS
The methodology applied during the in situ inspection
for the grading according to the mechanical resistance,
are the one foreseen by the standard UNI 11119
(Cultural Heritage - Wooden Artefacts - Load-bearing
structures - On site inspections for the diagnosis of
timber members). Every single structural timber member
must be graded according to strength [5,6,7].
In the 4th paragraph of this UNI 11119 standard are listed
the objectives of diagnosis whose final aim is to get
information on:
a) identification of wooden species.
b)wood moisture content;
c) classes of biological attack risk, according to UNI EN
335-1/2;
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d)geometry and morphology of timber elements,
including position and extension of the main defects,
wood decay and possible damages;
e) position, shape and size of the critical zone and critical
section;
f) grading according to the mechanical resistance of
timber elements as a whole structure and/or in single
critical areas.
The identification had been carried out according to the
criteria foresee by UNI 11118 (Cultural Heritage Wooden Artefacts – Criteria for the identification of
wooden species). Through wood identification is
possible to collect a lot of information about wood
technological characteristics such as e.g. natural
durability, mean physical-mechanical characteristics,
geographical origin and typical employs.
Wood moisture content was determined through a
portable resistance type electrical moisture meter. The
knowledge of wood moisture content is important
because it is a limiting factor for the development of
fungi and wood boring insects able to damaging wood.
Dimension and position of wood defects, which may
influence mechanical performance of the timber member
were recorded.
The visual inspection was integrated with instrumental
inspection through resistographic drill. This instrument
is necessary for the evaluation of the state of
conservation of parts of the timber elements that are
enclosed inside the masonry. In fact, non-destructive
tests complete the survey in case of alterations which are
not visible on the surface of the timber member, but
which are supposed to be present inside.
The results of the visual grading of the timber elements
of the examined trusses have been integrated with the
instrumental analysis carried out on in the timber parts
included inside the masonry walls. The assessment was
carried out on 70% of the total roof structures.
4.1 IDENTIFICATION OF WOODEN SPECIES
AND DENDROCHRONOLOGY
All the examined pieces of the trusses presented the
following characteristics useful for the wood species
identification:
- growth-rings easily distinguishable with the naked eye,
- heartwood colour distinct from sapwood colour,
- resin ducts present.
We also performed an anatomical analysis to more
precisely identify the wood species [8]. The elements
constituting the trusses were made out of Pine (Pinus
nigra or Pinus sylvestris, which are anatomically the
same).
Dendrochronological analysis has also been carried out
to date some timber elements.

5 ROOF RESTORATION
According to the results obtained from the structural
assessment, reinforcement interventions have been
carried out. These interventions have been conducted
both considering the traditional reinforcing methods
dating back to the beginning of 20th century, and

proposing innovative solutions respectful of the original
structures.
The roofs, subject to restoration in 2015-2016, measure
about 2,500 square meters. and they are characterized by
two elements which make them original and worthy of
being preserved:
1. the roof covering is made from flagstones called
("bargioline"), of 1 square meter of surface and 2.5
cm. in thickness. Nowadays this material is no
longer available and is only replaceable with thicker
“Luserna” stone tiles, therefore heavier, than the
original ones;
2. the supporting structure of larch wood is constituted
by an interesting building typology, but mostly
preserves the "artifices" used during the restorations
works of 1901 and 1908, making it a real practical
"handbook" still relevant today.
A first executive project included the “replacement” of
72 main beams that would have caused the complete
dismantling of the roof, with the consequent loss of a
high percentage of the original stone tiles, too thin to be
removed with massive displacement, and the loss of
great part of the wooden structures and "artifices" put in
place in 1901/1908 to strengthen them, without counting
the cost and the time used to achieve this intervention.
Given the risks, costs and execution times, the owner
(Grandi Stazioni), accepted a variant solution submitted
by the Company BRA Italy, according to the design and
direction of Prof. G. Brino, with the control of the
General Director of the restoration works of the station
(before Eng. M. Antonelli and then Arch. A. Betta), and
the Project Manager S. Rolla, under the aegis of the
Superintendency (before Arch. L. Moro and then Arch.
G. Scalva), that approved the project. The variant
proposed the preservation and reinforcement of the
beams, alternatively to replacement, following precisely
those same "artifices" (although with the necessary
technology upgrades) that allowed the roof to remain for
nearly 150 years, despite severe traumas caused by fires,
bombardments and degradation due to water infiltration
caused by severe lack of maintenance.
The diagnostic investigation team directed by Prof. C.
Bertolini, L. Cestari, Dr. A. Crivellaro, Arch. T. Marzi,
Dr. O. Pignatelli, Arch. A. Violante, legitimized
recovery interventions, sometimes even risky, to which
the structural verification conducted by the same
professor. C. Bertolini with Arch. A. Violante confirmed
the validity of the reinforcing interventions, from a static
point of view.
5.1 PAST RESTORATION INTERVENTIONS
(1901-1908)
The interventions carried out in 1901-1908 on the timber
roof structure applied specifically designed artifices.
Many of them are not even present in the handbooks of
restoration of timber structures. A catalogue of these
artifices was compiled to list the recurring reinforcement
systems applied in Italy during the same period.
The main artifices found in the Station roofs are the
follows:
1. Pendant post of "rompitratta" girder, ridges, common
rafters and related "gattelli".
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2. Supporting pillars of common rafter, with related
"gattelli".
3. Beams and supporting transversal king post truss of
hip-and-valley rafters with large span.
4. Supporting "rompitratta" girders to strengthen of a
series of common rafters with large span.
5. "Under-beams" to strengthen of weakened beams,
connected with hangers and drift bolt.
6. Side by side beam with beams considered at risk,
connected together with through-bolts.
7. "Rompitratta" girder or common rafters, by means of
pendant post, with or without under-beam
8. Horizontal tie beam that transform the common rafters
in the king post trusses.
9. Collar beams applied to king post trusses to support "
"rompitratta" girders or ridge pole.
10. Scarfed joint " to replace parts of the tie beam or
common rafters damaged.
11. Hangers with drift bolt to enhance individual beams.
12. Hangers with drift bolt to connect different beams.
13. Climbing iron or hooks to connect different beams
between them.
14. Flat iron attached with roofing nails to connect the
rafters to tie beams or ridges.
15. Bolts to connect the rafters to tie beams or collar
beam and queen post of king post truss
16. Climbing iron anchoring of stone slabs covering the
ledges to the wooden roof.
17. Hooks or climbing iron (Y-shaped) or slate to roof
support.
18. Angle iron used to reinforce damaged beams or
considered at risk.

forged nails, to connect medium-sized wood and metal
belts formed by plates with slotted holes and threaded
rods to replace brackets with fishbolts or through-bolts,
to interconnect their different beams.

Figure 6: (From left and top right) Technology upgrade of the
historical "artifices": the metal belts, made with threaded rods,
metal plates with "slotted" holes, nuts and washers, and the
"anchor bolts". (Below, right) Manual of "tree surgery", with
examples of interventions of consolidation of trees with gaps,
through metal reinforcements and cast concrete.

In addition to these technological updates of the
traditional "tricks", it introduced a new "artifice" derived
from "tree surgery" of that period (Figure 6). This
consists of treating major gaps of two connecting angles
(# 1 and # 2 Intervention) and minor gaps of
"rompitratta" girder (Intervention n.39A) and of a rafter
(40 Intervention) through a special metal reinforcement
and concrete casting (in addition to and in connection
with other traditional "artifices", according to a
technique used in the same years in the treatment of the
trees that have strong gaps, which have survived now
few specimens preserved in protected environments
(Gardens of the Villa Medici in Rome and the Racconigi
Castle Park etc.).
5.2 PRESENT RESTORATION INTERVENTIONS
(2015-16)
The reinforcement interventions on wooden structures
were in total fifty-one, each one is identifiable by a
special license plate showing the year of intervention and
a progressive number. The labelling of the intervention
will be useful for the program of future inspections and
maintenance.
Here we detail some of the intervention applied, selected
among the most significant.

Figure 5: The main "artifices" used in the restoration of the
roofs carried out in 1901-1908

The historical mentioned interventions (Figure 5) were
all preserved and where necessary, further reinforced
with similar but modern artifices. Such modern
interventions are made out of glue-laminated fir wood,
"anchor bolts" of appropriate size instead of the original

5.2.1 Intervention n. 1 (Roof 1)
Reinforcement of a "connecting angle" (1) large with
serious gaps, already propped up in 2013 and intended to
be replaced. The intervention consisted in combining two
beams in the connecting angle over the transverse trusses
(2) and place a underbeam (3) reinforced with iron to
form "L" throughout the cantonal, with a strut (4). Both
the combined beams that underbeam are connected with
the metallic belts (5). The gap (6) has been restructured
with reinforcing steel rods, which included the iron
anchor bolts of the combined beams connection, and
concrete casting (Figure 7).
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5.2.2 Interventions n. 8, 9, 10, 11, 12 (Roof 1)
Reinforcement of 13 struts destined to be replaced and
that have been preserved using a "rompitratta" girder (1)
into two segments, and with the realization of four
wooden tie-beams (2) connecting the struts (3-4)
converging in the ridge beam (5), transforming them into
strong struts of trusses which support the two segments
of "rompitratta" girder. The connections between the
various beams have been realized using the metallic belts
described (6) (Figure 8).

Figure 8: Interventions n. 8, 9, 10, 11, 12 (Roof 1)

Figure 7: Intervention n.1 (Roof 1)

5.2.3 Interventions n. 16, 17 (Roof 2)
Reinforcement of the ridge beam (1) of the "Via Sacchi
tower", intended to be replaced, with the formation of an
"armed beam" similar to that already realized in 1901 in
the "Tower Via Nizza", with struts (2), underbeam (3)
and its "gattello" and creation of a "rompitratta" girder
(4) reinforcement of the six rafters (5) to be replaced,
with the aid of the usual "metallic belts" (Figure 9).
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Figure 9: Interventions n.16-17 (Roof 2)

5.2.4 Interventions n. 19-20-21-22-23-24-25-26-2728-29-30-31-32-33 e 34-35-36 (Roof 2)
The interventions n.19-33, relating to the 15 cross beams
of the central vault, consisted in the laying of a
underbeam (1) with two struts (2-3) and 5 "metal belts"
(4) for each of the beams, while the interventions n.3435-36 consisted in strengthening of a connecting angle
(5) partly collapsed, through the support of the same
booby ridge beam (6) in the free end supported by a truss
structure, formed by two struts (7 -8), a double chain (910) and king post (11), in addition to two other struts
with underbeam (12-13) (Figure 10).

Figure 10: Interventions n. 19-20-21-22-23-24-25-26-27-2829-30-31-32-33 e 34-35-36 (Roof 2)

5.2.5 Interventions n. 39A-B-40 (Roof 3)
Rehabilitation and reinforcement of a "rompitratta"
girder (1), with a minor damage, but not negligible,
which supports the struts with original joints to "dart of
Jupiter" (2). The intervention has led to the
transformation of the "rompitratta" girder into an "armed
beam" with underbeam (3) and the double strut (4-5) and
the reinforcement of two rafters with a underbeam (6)
and one of which with a strut (7) (Figure 11).
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5.2.7 Intervention n.48 (Roof 3)
The intervention of 1901 was the reinforcement with two
beams (2-3) combined with a strongly damaged rafter
(1). The intervention consisted in inserting wedges in the
spaces between the existing beams (4) and two thin
beams outside of the original reinforcement beams (5-6),
to regularize everything that was connected with 4
metallic belts (7). The original rafter degraded and
intervention subject of the original reinforcement was
kept as a witness (Figure 13).

Figure 11: Interventions n. 39A-B-40 (Roof 3)

5.2.6 Interventions n. 41-42 (Roof 3)
Reinforcement "rompitratta" girder (1) with two "struts"
(2) and a "underbeam" (3), which transform it into an
"armed beam", and reinforcement of the two "rafters"
with combined beams (4 ). The connections between the
"rompitratta" girder and the "underbeam" on and
between the struts and beams combined have been
realized using "metallic belts" (5) vertical and horizontal
(Figure 12).

Figure 13: Intervention n. 48 (Roof 3)

Figure 12: Interventions n. 41-42 (Roof 3)

5.2.8 Interventions n. 50-51 (Roof 1A)
The theme of the first intervention n.50 was the
reinforcement of 10 rafters destined to be replaced
completely, with the creation of a "rompitratta" girder
(1), supported by two trusses formed by new rafters (2)
connected to two of the 10 false original rafters, with a
double chain (3), king post (4) and relative struts (5). The
theme of the second intervention n.51 was the
reinforcement of 14 rafters destined to be replaced, using
another "rompitratta" girder (6), supported by two
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wooden columns (7-8) placed corresponding of the
underlying walls, armed with rafters (9) and underbeams
(10) equipped with special "metal belts" (11). This
intervention was the only one made of larch beams,
recovered from work carried out in other roofs other than
those covered by this report (Figure 14).

Figure 15: External interventions (Roofs 1-3)

6 STRUCTURAL ANALYSIS

Figure 14: Interventions n. 50-51 (Roof 1A)

5.2.9 External interventions (Roofs 1-3)
In addition to actions that summarize the most
significant types of reinforcements made in the under
roof, is worth conclude the report with a systematic
presentation regarding the restoration and verification of
the anchoring system of heavy roofing sheets of the
ledge side Corso Vittorio (1) and that involves the
terminal part of the cover and the anchoring system of
the stone roof tiles (2) (Figure 15).

Static analysis focused on some consolidation works
considered more significant. In particular reference is
made to the classification according to the resistance of
the wood species and their category in work, in order to
evaluate the resistance of the wooden components,
according to the specifications introduced by the UNI
11119: 2004.
Verifications were conducted in accordance with the
precautionary principle, placed its focus on structural
safety. In particular in the case of contemporary presence
of laminated wood and solid wood, it is considered, in
case it was sufficient for the verification, the only
contribution of the laminated wood; otherwise they have
been considered both sections, referring to the lower
resistance between the two elements, which in the case
under consideration concerns the solid wood of III
category.
It has also been neglected the friction generated by metal
ties on the contact areas between solid wood and glulam,
which involves the lack of cooperation of the two
superimposed elements in case of bending.
The calculation method used is the limit states with
analysis of static and linear, as shown in the Italian
Technical Standards for Construction, D.M. January 14,
2008. For the solution of these simple static patterns it
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was used the calculation software SDC.

Figure 16: Examples of static schemes with the relative elastic
deformation (Roofs 1-3)

7 CONCLUSIONS
The great timber roof structure of the Porta Nuova
Railway Station is an important part of the restoration
works of the whole architectural complex.
The works are followed directly by Grandi Stazioni
S.p.A. in accordance with the National Board of
Antiquities (“Soprintendenza”).
An accurate diagnosis on timber elements allowed the
conservation and restoration of the timber roof structure,
adopting techniques that are very few invasive and
suitable to give back structural consistency to the whole
structure, without loosing the important characteristics of
the building. The intervention has seen the rehabilitation
of all the great trusses; also the secondary structure has
been preserved with the same philosophy.
Furthermore, the study conducted on the “artifices”
realised during past interventions constitutes an
important suggestion for the restoration of the timber
roof structures.
The originality of the paper is given also by the
presentation of the original sketches, which preceded the
AutoCad drawings, that explain in an effective way the
adopted techniques.
Added value of the present research is represented by the
multi-disciplinary work carried out in the restoration site.
For the extent and variety of passages under the roof,
including the vaulted passage in correspondence to the
central arch, it is planned in the future a kind of “open
path” to allow guided visit tours, as a kind of living
exhibition of construction and restoration techniques of
timber structures.
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MOMENT CAPACITY OF TRADITIONAL JAPANESE MORTISE AND
TENON JOINT UNDER REPEATED LOADING
K ita O a a1, Yasutoshi Sasa i2 and Mari o Yamasa i3
ABSTRACT: Traditional Japanese timber building structures are made of frames comprising columns and beams. Thus,
understanding the mechanical performance of joints is essential. If external forces are assumed to be repeatedly applied
to a building structure, investigating the dynamic performance of joints under repeated loads is necessary. An
experimental investigation was conducted on the change in moment resistance in association with the loading history,
when a repeated loading was applied to the T-shaped mortise-and-tenon joint that connects columns and beams. The load
was applied under a constant displacement condition at five different cyclic deformation angle from 1/150 to 1/10 rad. At
smaller cyclic deformation angles, the maximum moment hardly changed even with repeated loading; a slight decrease
was observed with dissipated energy. At larger cyclic deformation angles, the maximum moment and dissipated energy
both rapidly decreased after one cycle. A model using a spring and dashpot was applied to expressing the change in the
maximum moment over time.

KEYWORDS: Timber joint, Mortise-tenon joint, Repeated loading, Maximum moment, Dissipated energy

1 INTRODUCTION 123
Traditional Japanese timber building structures survive in
large numbers in the present as shrines, temples, and
private houses. These structures reflect the regional
climate and customs, which developed and were passed
on as primary construction methods for Japanese timber
building structures. Although the number of such
buildings has decreased, their cultural value has been
recognized, and their preservation and restoration are
being carried out enthusiastically. Understanding the
seismic performance of buildings is essential to
promoting such activities. Traditional Japanese timber
building structures are characterized by a frame
comprising columns and beams. Understanding the
mechanical performance of joints is of significant interest
because the seismic performance of buildings depends on
the mechanical performance of the joints.
This study focused on the mortise-and-tenon joint, which
is a T-shaped joint generally used to connect columns with
beams. Figure 1 shows the shape of the joint. The
structure is completed by inserting the tenon at the tip of
the column into the mortise on the beam. In cases where
external forces applied to such a joint lead to rotational
deformation, the tenon and mortise come into mutual
contact, and a resistance moment manifests due to
compression perpendicular to the grain and friction. Many
1
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Figure 1:

ortise an tenon joint

studies have been conducted on the resistance of such
joints. For example, Eckelman and Haviorova [1]
3
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experimentally investigated the effects of the tenon
dimensions on the rigidity and maximum bearing force of
the joint. They clearly demonstrated that the length of the
tenon cross-sectional area significantly impacts the
rigidity. Nishimura et al. [2] measured the stress state of
the tenon as the joint was subjected to rotational
deformation and considered the characteristics required
for mechanical analysis models. Sakata et al. [3]
hypothesized a mechanical model that considers the
resistances of the compression perpendicular to grain and
friction and formulated a relationship between the
moment and deformation. Their proposed formula was
validated by comparison against test results. The present
authors [4] also derived an estimation formula for the
relationship between the moment of a mortise-and-tenon
joint and the deformation angle based on a mechanical
model that considers the resistances of the compression
perpendicular to grain and friction. The impact of the
degree of engagement (i.e., the scale of the gap between
the tenon and mortise) on the moment resistance was
clarified through numerical analysis. For instance the
rotational rigidity was indicated to decrease by about 27%
when there was a gap of 1 mm between the tenon and
mortise.
The moment resistance of mortise-and-tenon joints has
been studied as discussed above, but most of these studies
were conducted under static load conditions. However,
actual buildings are expected to be subjected to repeated
applications of external forces, such as earthquakes or
typhoons. Changes in the moment resistance should
manifest at joints because such cases are affected by the
relevant load history (e.g., residual deformation at joints).
Thus, while understanding the moment resistance of
mortise-and-tenon joints under repeated loading is
important, studies on this topic have been insufficient so
far. Thus, the purpose of this study was to investigate the
change in moment resistance at joints associated with load
history through the application of repeated loads on Tshaped mortise-and-tenon joint test specimens.

2 MATERIALS AND METHODS
A repeated loading test was conducted on T-shaped joint
test specimens with a joined column and beam. Air-dried
samples of Japanese cedar (Cryptomeria japonica D.
DON) were used for the column member, while air-dried
samples of Japanese cypress (Chamaecyparis o tusa Sieb

Figure 3: oa se uence

et Zucc.) were used for the beam member. The test
specimens had external dimensions of 1300 mm × 800
mm. Both the column and beam members had crosssectional areas of 105 mm × 105 mm, as shown in Figure
1. The tenon dimensions were 72 mm × 90 mm × 30 mm.
The repeated loading test was conducted as shown in
Figure 2. A point on the column member was joined by a
pin with a hydraulic actuator, iron tool, and load cell while
the beam member was fixed with an anchor bolt. Then,
4000 cycles of repeated loading was applied at this point
in the horizontal direction to apply a moment on the joint.
Displacement control was used to achieve a peak-to-peak
alternating load. A total of 15 test specimens were sorted
into five groups, and different turning points of the
deformation angle θt were established for each group: (I)
θt = 1/150 rad (II) θt = 1/100 rad (III) θt = 1/50 rad (IV) θt
= 1/30 rad (V) θt = 1/10 rad. The degrees of engagement
were measured in advance to ensure no bias when the test
specimens were sorted into groups. The loading frequency
was set to 0.2 Hz, and the load waveform was set to a
completely reversed triangular waveform (Figure 3). A
strain gauge–type displacement gauge was installed on
the upper and lower parts of the column in order to
measure the deformation angle of the column. The output
values of the two displacement gauges ν1 and ν2 and the
distance between displacement gauges were used to
derive the deformation angle θ based on the following
formula:

θ

ν1  ν2

(1)

3 RESULTS AND DISCUSSIONS
3.1 RELATIONSHIP BETWEEN THE MOMENT
AND DEFORMATION ANGLE

Figure 2: est specimen o joint an setup

Figure 4 shows examples of the relationship between the
moment and deformation angle at the joint derived from
the repeated loading test: (a) Group I, (b) Group III, and
(c) Group V with different scales of the vertical axis. The
red line represents the results from the first cycle, while
the black line represents the results from the second, third,
fifth, 10th, 20th, 100th, and 1000th cycles. The blue line
represents the results from the 4000th cycle (i.e., final
cycle). These indicate that the individual loop shapes
varied, and the loops at smaller cyclic deformation angles
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increased. Under conditions where θt was large, as shown
in Figure 4(c), a clear linear startup occurred during the
first cycle, and the moment resistance was also extremely
large. The behavior during the second and subsequent
cycles, however, varied significantly from that of the first
cycle in that larger deformation angles were required
before linear behavior occurred. Furthermore, the
inclination of the linear portion was clearly small. Such
deterioration in the dynamic performance became more
and more evident each time the repeated loading was
increased.
The difference in both parties was observed in the
manifestation mechanisms of the resistance and moment.
For the smaller deformation angle regions of the mortiseand-tenon joints, the friction generated from the rubbing
between the surface of the tenon cross-section along the
length side (i.e., Side A in Figure 1) and wall surface of
the mortise was the sole resistance factor. This meant that
the engagement between members was not sufficient. In
larger deformation angle regions, on the other hand, the
cross-section of the tenon along the breadth side (i.e., Side
B of Figure 1) subsiding into the wall surface of the
mortise was also part of the resistance factor. Based on
this understanding Figure 4(a) indicates that only the
friction on Side A was acting. This is why the range where
the moment value became constant is clearly visible. The
deterioration in the moment resistance associated with
repeated loading was hardly observed. In contrast, the
subsidence on Side B became dominant in the moment
resistance shown in Figure 4(c) and a linear startup was
observed. Unlike the former, however, a clear
deterioration in the moment resistance seems to have
occurred in this case because the residual strain associated
with repeated loading loosened the engagement between
the contact sections of the members.
3.2 CHANGE OF MAXIMUM MOMENT

Figure 4:
ample relationships
e ormation angle a
ra ,
cyclic e ormation angle θs

et een the moment an
, an c
ra in

θt had shapes that resembled a parallelogram, as shown in
Figure 4(a). A more detailed look reveal that after the
cyclic deformation angle (1/150 rad) was reached, the
deformation angle started to progress in the negative
direction, and the value of the resistance moment
decreased rapidly. In this instance, the moment resistance
reached a negative value (about -0.03 kNm) before the
deformation angle reached 0.00 rad. This resistance
moment value was sustained for some time, even when
the deformation angle was then increased in the negative
direction. This tendency manifested in the second and
subsequent cycles as well. In the case of middle
deformation angle, as shown in Figure 4(b), the shapes
were also a parallelogram. However, the small linear
startup (elastic resistance) can be observed when the
deformation angle became over 0.012 rad. The slope of
linear startup was decreased as the cyclic number

The change in mechanical characteristics associated with
repeated loading over time was investigated based on the
relationship between the moment and deformation angle
derived from the experiment. The maximum moment
max was derived first based on the relationship between
the moment and deformation in respective cycles, as
shown in Figure 5. The change in max associated with
repeated loading is shown in Figure 6. The results for the

Figure 5: Calculation metho
an issipate energy

or the ma imum moment

ma
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Figure 6: Change in ma imum moment associate
, c,
,
, an e
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ith repeate loa ing o er time Cyclic e ormation angles a

test as whole are shown in this figure; the number of
cycles is indicated on the horizontal axis, and the
maximum moment max (average value in positive and
negative directions during the same cycle) is indicated on
the vertical axis. The magnitude of the vertical axis differs
for each groups.
Group I demonstrated practically level behavior, where
the cyclic deformation angle θt was 1/150 rad (Figure
6(a)). This means that the change in mechanical
performance associated with load history may not be very
important, at least for smaller deformation levels of about
1/150 rad. Many of the test specimens in Group II (θt =
1/100 rad) also indicated practically level behavior, as
shown in Figure 6(b). Although many specimens in Group
III (θt = 1/50 rad) exhibited level behavior, as shown in
Figure 6(c), some declined to linear shapes in the semilogarithmic graph. These test specimen manifested a

,

deterioration of about 40% after 4000 cycles. Considering
that mortise-and-tenon joints are load-bearing elements of
a building, a decline of this scale is of significant interest.
Many specimens in Group IV (θt = 1/30 rad) decreased to
a practically linear shape, as shown in Figure 6(d), and
max decreased by about 30% by the 4000th cycle in
comparison with that of the first cycle (average value for
three test specimens). In the second cycle, a test specimen
indicated a rapid decrease of about 44% and a practically
linear decrease afterward. Many test specimens in Group
V (θt = 1/10 rad) indicated a rapid decrease during the
second cycle, as shown in Figure 6(e).
The test results can be summarized as follows. For
deformation levels at small scales of 1/100 rad or lower,
the change in maximum moment due to repeated loading
is not very important. The potential decrease in the
maximum moment in response to an increase number of
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loadings should be considered at deformation levels of
about 1/50 rad. There are sufficient grounds to consider
the potential decrease in the maximum moment at larger
deformation levels of 1/30 rad. Once the deformation
reaches this level, a significant decrease can occur one
cycle later. Thus the experience of a single load becomes
increasingly important with continued repeated loading.
A rapid decrease one cycle later has a high probability of
occurring at a deformation level of 1/10 rad.
A model using a spring and dashpot is ordinarily applied
to evaluate the viscoelastic phenomenon of wood. The
Kelvin model is applied to the creep phenomenon, and the
stress relaxation phenomenon is expressed by the
Maxwell model. In the past, Gong and Smith [5] applied
repeated compression parallel to wood on timber under
constant loading conditions and investigated the behavior.
They indicated that the increasing strain due to repeated
loading can be expressed by using a three-element model,
such as the Kelvin–Voigt model. The present authors
verified that this also applies to compression behavior
perpendicular to grain [6]. A spring and dashpot were
used to model the behavior of the mortise-and-tenon joint
under repeated loading in the present study based on this
concept.
The Maxwell model was applied in this study because
repeated loading was performed on the test joint
specimens under constant displacement. The relationship
between the repeated loading and maximum moment
max was modelled in this manner. As shown in Figure 7,
the Maxwell model was considered to be a four-element
model in a parallel circuit, where k1 and k2 are individual
spring constants, while r1 and r2 are the coefficients of
viscosity of the dashpot. The following equation was
derived based on this model by setting the cyclic
deformation angle of the repeated loading to θt and the
number of loading cycles to n [7]:
max


 nk 
 nk 
 θt k1  exp   1   k2  exp   2 
 r2 
 r1 


(2)

Figure 7: our-element mo el
Table 1: arameter alues applie to the our-element mo el
Group IV
Group V
Cyclic deformation angle θt
1/30
1/10
(rad)
k1 (kNm/rad)
1.66
4.33
r1 (rad/kNm)
4.94
6.54
k2 (kNm/rad)
3.78
4.70
r2 (rad/kNm)
4.07×104
6.14×104

Figure 8: Results rom applying our-element mo el to the
change in ma imum moment o er time

Equation (2) was applied to the test results from Groups
IV and V (θt = 1/30 and 1/10 rad, respectively), to which
repeated loads of large deformations were applied. The
maximum moment
max of each of the three test
specimens for the same number of cycles were averaged,
and Equation (2) was approximated by using the leastsquares method. Figure 8 presents the results. The solid
line (plot) represents the test results, while the dotted line
represents the approximation. Table 1 presents the
parameter values used for the approximation. The solid
and dotted lines match quite well in Figure 8. In this
instance, the coefficient of determination R2 was high for
Groups IV and V at 0.935 and 0.922, respectively. This
suggests the validity of this model. No good match was
confirmed for repeated loading with smaller deformations
(Groups I–III). The angle created by the moment and the
deformation angle under such conditions indicated a
shape similar to a parallelogram in many instances, as
shown in Figure 4(a). This means that no subsidence
occurred on Side B (Figure 1) of the tenon. The model
shown in Figure 7 was determined to be unsuitable for
such cases.
3.3 CHANGE OF DISSIPATED ENERGY
The dissipated energy
was derived by calculating the
area inside the loop (area of shaded portion) based on the
relationship between the moment and deformation angle
for each cycle, as shown in Figure 5. Figure 9 shows the
change in
associated with repeated loading. The
horizontal axis indicates the cycle number, and the
vertical axis indicates the dissipated energy of different
cycles to show the results from the experiment as a whole.
The magnitude of the vertical axis differs for each group.
Group I (θt = 1/150 rad) indicated practically level
behavior, as shown in Figure 9(a), but a gradual linear
decrease manifested on the semi-logarithmic graph
around the 100th cycle. Group II (θt = 1/100 rad) indicated
practically level behavior in the early stages of the test, as
shown in Figure 9(b), but a linear decrease was observed
around the 10th cycle. A comparison of the dissipated
energy
from the 4000th and first cycles indicated a
decrease of about 25% (average value for three test
specimens). Group III (θt = 1/50 rad) had a linear decrease
during the early stages of the test, as shown in Figure 9(c),
and the rate of decrease was greater than that of Group II.
There was a decrease by about 40% after the 4000th cycle.
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Group IV (θt = 1/30 rad) manifested a significant decrease
in dissipated energy during the early loadings, as shown
in Figure 9(d). Furthermore, a rapid decrease by 39%
occurred during the second cycle with some of the test
specimens, and a linear decrease continued during the
third and subsequent cycles. In Group V (θt = 1/10 rad),
many test specimens indicated a rapid decrease during the
second cycle, as shown in Figure 9(e), and the decrease in
such instance was between 42% and 66%.
Wakashima and Hirai [8] previously defined the energy
absorption rate
R, which is a coefficient used to
investigate the joining performance of nailed joints under
repeated shear loads on nail-jointed sections. This was
incorporated into evaluating the performance.
R is
derived by subtracting the area of the shaded portion in
Figure 5 (dissipated energy) from the area of the red
portion. They indicated that R of a given nailed joint

,

under constant displacement control undergoes a
constanttransition following the fourth and fifth cycles.
The value in such instance is
R ≈ 0.70 when the force
is applied in the horizontal direction of the fiber and
R
≈ 0.45 when the force is applied in the vertical direction.
In this study,
R was used to evaluate the energy
absorption performance of mortise-and-tenon joints in a
similar manner. Figure 10 presents the results.
R was
averaged for the same cycle numbers in each group.
R
clearly transitioned at a practically constant value in
Groups I–IV, which agreed with the results in [8]. The
values were 0.70–0.95, which are larger than those
observed for nailed joint. According to this evaluation
method, therefore, mortise-and-tenon joints can sustain
high levels of energy absorption even under repeated
loading. In Group V, on the other hand,
R transitioned
at 0.75 between 2 and 500 cycles; once the 1000th cycle

Energy absorption ratio EAR
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was reached, however,
R decreased to 0.60. This
means that R did not necessarily transition at a constant
value at larger deformations.
3.4 CHANGE OF INITIAL SLIP
As the cyclic number increases, the residual deformation
may be occurred at the contact parts of the joints; it means
a loose fitting on the joints. If there is a gap at the contact
part, the linear relationship can be observed between
initial slip and gap size [4]. In this research, the authors
evaluated the change of initial slip θs during the test. The
initial slip θs is an intersection where the linear startup
meets a horizontal axis as shown in Figure 5 (that is, the
deformation angle that triggers the occurrence of
sufficient moment resistance at the joint). The authors
calculated them at each cyclic number.
Figure 11 shows the change in θs associated with repeated
loading. The horizontal axis indicates the cycle number,
and the vertical axis indicates the initial slip θs. The graph
shows only the results from Group VI and V (cyclic
deformation are 1/30 and 1/10 rad, respectively) because
the other groups indicated a shape similar to a
parallelogram in many instances as shown in Figure 4(a);
it was difficult to calculate the initial slip. Group IV
indicates a little increment between the first and second
cycle (0.019 rad at first and 0.025 rad at second cycle).
After the second cycle, the value shows a constant value

Figure 11: Change in initial slip associate
loa ing o er time

ith repeate

until 4000th cycle (around 0.028 rad). Group V indicates
a large increment between the first and second cycle
(0.023 rad at first and 0.064 rad at second cycle). It means
large deformation was occurred and remained. After the
second cycle, Group V shows a linear increment on the
semi-logarithmic graph. The initial slip θs reached 0.081
rad at the 4000th cycle, and the linear increment is likely
to continue if the joint specimens get more cyclic loading.

4 CONCLUSION
An experimental investigation was conducted on the
change in moment resistance due to repeated loading on a
mortise-and-tenon joint because actual buildings are
subjected to repeated external forces. The load was
applied under a constant displacement condition during
the experiment, while five different cyclic deformation
angles were considered from 1/150 to 1/10 rad. There was
hardly any change with the maximum moment for cyclic
deformation angles of 1/100 rad and lower. The decrease
due to repeated loading became evident from about 1/50
rad, while the decrease in each cycle was significant with
larger deformations of 1/30 rad and higher. The change in
maximum moment due to this repeated loading over time
can be represented with a four-element model combined
with the use of springs and dashpots. A slight decrease in
dissipated energy was observed from repeated loading,
even with a small cyclic deformation angle of 1/150 rad.
A significant decrease occurred in one cycle with larger
deformations of 1/30 rad. When the energy absorption
performance was evaluated based on past studies, the
results revealed that mortise-and-tenon joints can sustain
a high level of performance even under repeated loading.
Loading history make a loose fitting of the joints, and it
was obviously observed in the case of cyclic deformation
angle 1/10 rad.
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STRUCTURAL ASSESSMENT: DIAGNOSIS, BEFORE INTERVENTION!
Mariapaola Riggio1, Thomas Tannert2
ABSTRACT: Structural health assessment of structures aims at identifying variables, or conditions, that, either currently
or prospectively, affect the performance of the structure. The different components of a structure (i.e. members,
connections), as well as the overall system, have to be analysed, according to a holistic approach. Contrary to the
misconception caused by individual cases, timber structures can perform according to expectation during their service
life, if properly designed and maintained. In this paper, a methodological approach for the assessment of timber structures
is discussed, and an overview on a series of available methods for the identification of specific variables or conditions. A
systematic, even if necessarily not exhaustive, catalogue of diagnostic techniques and assessment criteria is proposed,
according to the type of information sought. In the paper, state-of-the-art publications are given, so that the interested
reader can find additional information on specific topics.
KEYWORDS: Assessment of timber structures, NDT testing, damage assessment, vulnerability

1 INTRODUCTION 1 23
“Timber structures, when appropriately designed, built,
and maintained can last for centuries, as many examples
around the world demonstrate” [1]. There are many
circumstances which require the assessment of a timber
structure; amongst them are maintenance requirements,
possible changes to the use or to the structure, doubts
whether design provisions are properly fulfilled, an
observed degradation, new inside regarding material or
structural performance, or extreme incidents such as
accidental loads [1].
While it is a quite accepted and logical sequence in the
medical practice to conduct a prior check-up before
undergoing any treatment, this approach is not always
taken for granted in structural engineering. Despite
prescriptions in many codes, in the current practice,
interventions on timber structures are often undertaken
without thorough assessment of the structural conditions.
In many cases, the diagnostic campaign is eluded, since
considered as an additional cost and an avoidable waste
of time: instead, a reliable assessment can lead to a more
(time- and cost-) effective and focused action. However,
to ensure an effective decision, it is important to specify,
case by case, what type of information is needed, and what
type of decision this information can support.

2 OPERATIONAL CATEGORIES OF
STRUCTURAL ASSESSMENT

1
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2.1 OVERVIEW
The following operational categories can be identified,
defining the type of information required for a
comprehensive assessment of timber structures:
1) Identification of the structural system;
2) Mechanical characterization of the members;
3) Environmental characterization;
4) Identification of damage;
5) Vulnerability assessment;
6) Risk assessment for the definition of precautionary
measures on site;
7) Control of intervention.
2.2 SYSTEM IDENTIFICATION
The identification of the structural system aims at
understanding the behaviour and the structural role of
each component and each connection between elements
and components and, eventually, verifying that the system
works as a whole (Fig.1). In some cases, the original
structural scheme has inherent deficiencies and
incongruences, leading to failures or malfunctions, as
reported in several case studies [2, 3]. In other cases,
alterations to the original scheme have led to
malfunctions. An understanding of the causes of an
inappropriate structural behaviour (e.g. due to mistakes in
the original design, errors during construction, subsequent
alterations, etc.) [4] through adequate assessment is
fundamental, to design the most effective intervention
(e.g. redistribution of loads, etc.).
2
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In this phase, visual inspection can be associated to the
use of a structured template to collect in field building
information for a consistent identification of structural
types and relevant alterations [5]. The interdependencies
of the factors influencing the structural behaviour have to
be analysed, such as those related to structural form
(geometry, joints, support conditions). Geometrical
survey should be planned consequently, to record and
analyse overall geometrical features of the structure and
individual features of elements and connections.

Figure 1: Methodological approaches for a multi-level
characterization of timber structures

2.3 MEMBER CHARACTERIZATION
The assessment of serviceability and safety of a timber
structure and any subsequent intervention design require
an estimation of the relevant mechanical properties of the
structural materials in use. In general, the so-called
reference strength grading properties (density, modulus of
elasticity (MOE) and bending strength) have to be
estimated for timber.
Estimation of mechanical properties of wood is the most
cumbersome task during on-site inspection of structures,
given the imperfect correlation between most parameters
estimated non-destructively and inferred mechanical
properties [6-9]. Different, complementary approaches
are suggested: proof loading, visual strength-grading and
non-destructive (ND) or semi-destructive (SD)
measurement of properties.
The application of one or more of the above mentioned
approaches depends on the specific case (i.e. type of
structure, accessibility, etc.).
Through visual strength grading, individual members are
assigned to a given strength class, on the base of the
location and size of macroscopic strength affecting

characteristics, e.g. EN 1912:2012 [10]. Limitations of
visual strength grading for the mechanical
characterization of timber on-site have been discussed in
many publications, e.g. [11, 12].
Visual grading can be complemented by ND and SD
methods to infer reference proprieties [13]. ND such as
stress wave tests or dynamic analysis, can provide an
estimate of global parameters such as the global dynamic
MOE [7, 13]. Prediction of dynamic MOE through stress
wave time-of-flight can be subject to many sources of
error including accurate measurements of the member
density [7, 14]. In the case of dynamic analysis, an
additional source of error is related to the accurate
approximation of the geometrical characteristics of the
structure (i.e. dimension and shape of the element,
boundary conditions) [15]. This is, to a certain extent, also
a limitation of the direct proof loading, e.g. of a timber
floor, where the identification of the static scheme should
take into account of different variables, such as the
possible semi-rigidity of the external constraints, with an
intermediate behaviour between simply supported and
fixed-fixed, e.g. [16].
Different SD methods have been developed for the
estimation of mechanical properties of wood [8, 17-24].
Most of SD techniques are “mechanical”, either
measuring the local resistance of the material against the
action of specific probes [18-21] or directly measuring
local properties of extracted samples [22-24]. All of them
are local test methods meaning that the results (e.g.
estimated strength and modulus of elasticity) can be
highly variable depending on the selection of suitable
places for sampling and the number and size of samples
taken. Moreover, being local methods, they are intended
to measure properties in clear wood areas, devoid of
defects; while global properties have to be inferred,
including the incidence of visible strength affecting
features.
Probabilistic hierarchical models can be used to correlate
material
properties
estimated
with
different
methodologies [25]. Such approaches combine
information obtained from different scales and sources,
for the prediction of value, variation and distribution of
updated parameters.
2.4 ENVIRONMENTAL CHARACTERIZATION
Environmental factors (macro and micro climate) affect
the performance of timber structures; therefore, these
should also be characterized. In Europe, EN 335:2013
standard [26] is used to determine the Service Use Classes
for specific service situations, and identify the relevant
biological agents that can attack wood, through the
estimation of the equilibrium moisture content of wood.
The Use Category System (UCS) of the American Wood
Protection Association (AWPA) designates five major
Use Categories describe the exposure conditions that
specific wood products can be subjected to in service and
define the associated degree of biodegradation hazard and
product service life expectations [27].
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2.5 DAMAGE IDENTIFICATION
Deformation, damage, decay and any alteration to the
structure have to be identified. Damage is here referred to
as a consequence of external actions (e.g. overloads,
earthquake, wind, fire, etc.). It is therefore distinguished
from the negative effect of environmental conditions (e.g.
decay). Damage can occur at different levels of the
system: the whole structure, the component, the element
and the connection. Understanding the triggering cause
and damage progression is fundamental to any effective
interventions: many interventions are able to (temporary)
remove the consequences, but not the causes!
To evaluate the residual resistant cross section of
damaged/decayed elements, local mechanical methods,
such as the drill-resistance test, can be used [8,28]. NDT
imaging methods can complement local drilling tests, for
mapping damage and other material discontinuities in
timber elements [29].
Depending on the type of damage, different interventions
can be proposed, including repair of delamination,
replacement of decayed parts and reinforcement for a
specific state of stress. A more comprehensive list of
intervention techniques can be found in [30] and, for
historical structures, in [31].
Damage in joints can cause a redistribution of loads, thus
affecting the overall behaviour of the structure.
Evaluation criteria and consequent strengthening
methodologies are proposed in some studies [32-34].
2.6 VULNERABILITY ASSESSMENT
Vulnerability assessment relating specific structural
systems and specific hazards to recurring damage is part
of damage prevention. Parisi et al. [35] carried out
research on the seismic vulnerability assessment of
traditional timber roofs, which brought to the definition of
three classes of vulnerability, by which structures may be
classified on the basis of geometric dimensions and data
observable by direct inspection.
Typical failure mechanisms caused by tornados and
damage patterns in light timber frame residential
buildings in USA were analysed by Prevatt et al. [36]. The
main finding qualitatively indicated that most tornadoresilient structures might survive even in the most violent
events, if maintenance practises were adopted
systematically.
A new approach to vulnerability assessment and flood
loss estimation of traditional half-timber constructions in
England is reported by Stephenson and D’Ayala [37]
which considers both the exposed buildings and the
hazardous flood through a series of risk indicators specific
to the intrinsic properties that contribute to the value of
the asset, and the damage phenomena observed after such
natural disasters.
Fire vulnerability of light versus heavy and mass timber
structures is discussed extensively by Langenbach, [38]
who specifically focused on a number of construction
techniques adopted in historical industrial buildings in
Britain and U.S., whose attributes can be considered

precursors of modern fire engineering requirements for
timber buildings.
2.7 RISK ASSESSMENT
A category of assessment that is often neglected is related
to the definition of the risks on site (e.g. incipient failure
risks, limited accessibility, etc.). These should be
highlighted in any inspection report, to adopt adequate
urgent remedial actions and implement an accurate safety
plan [5]. It is noteworthy that additional damage to the
structure, not to mention potential injury to the personnel
in charge of the inspection, can occur if this preventative
risk assessment is not correctly carried out.
2.8 INTERVENTION CONTROL
Last but not least, the evaluation of the efficiency of an
intervention should always be carried out before the
execution of an intervention itself: this evaluation is in
fact, an integral part of an intervention plan and is
particularly needed when new products and/or methods
are applied. Some guidance is given in National Standards
such as UNI 11138 [39].
Control of the efficiency of an intervention can be carried
out either through direct physical experimentation (i.e.
NDT on site or lab tests) or through numeric simulation.
Inspection through laboratory experimental simulation
should be conducted on interventions that are
typologically similar to that which will be effectively
used, with particular reference also to the volume of the
timber material involved (scale effect). Also the
efficiency of an intervention should be evaluated with
reference to the duration of loads.

3 CASE STUDIES
In the following sections, examples of assessment
campaigns are reported, with the aim of illustrating
different applications of the outcomes as a support for the
design of the intervention. The selected case studies are
classified in relation to the involved hierarchical level of
the structure.
3.1 STRUCTURAL SYSTEMS AND UNITS
3.1.1 Identification of the structural system
Each historical structure is unique, and, even if it can be
classified in a specific structural type category, it contains
individual “variations on the theme” [40]. This
“uniqueness” requires a careful attention by the designer,
who not only has to ensure the functionality and safety of
the structure but also deal with the preservation of its
original character.
The roof over the Cannons Loggia in the Thun Castle
(Trentino, Italy) partially collapsed, after an exceptional
snowfall in 2009. In order to properly investigate the
causes of the damages occurred to the structure and
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provide the necessary information for the intervention
planning, a throughout investigation campaign was
carried out [3]. The assessment highlighted the roof
“diversity”, which is at the same time the mark of its
originality and the cause of its deficiencies. The
investigation campaign included a detailed geometrical
survey of the Loggia and its roof, combining digital
photogrammetry and direct survey methods. Data
collected during the investigation campaign were used for
the analysis of the trusses. Geometrical variability was
taken into account, even with the necessary
simplification, in the 2D FEM models. The integrated
survey allowed detailed analysis at the different scales of
the building, highlighting singularities in the structure and
avoiding mystifying simplifications.

For the characterization of the material decay, both local
mechanical and global vibrational testing have been
carried out. Then, results of indirect instrumental analysis
have been validated through the visual inspection and the
direct measurement of the residual member cross-section.

The assessment study highlighted a series of deficiencies
that had to be addressed by the designer:
-

-

the fabrication of carpentry joints between rafters and
2), had no indentation and the connection was based
only on friction and on a limited number of nails,
resulting in an unreliable assembly;
Moreover, the assembly is so conceived, that the
resultant of the vertical forces are outside the vertical
supports (schematically represented by the arrow in
Figure 2), thus leading to shear stresses on the tie
beam at the node.

Figure 2: Detail of a rafter-tie beam connection – roof of the
Cannon Loggia – Castel Thun (I).

The necessity of both preserving and reinforcing the
original structure motivated the designed repairs, which
aimed at a more rational distribution of loads and were
based on issues of reversibility and minimal interventions
[3].
3.1.2 Control of the intervention
In order to calibrate and control an innovative wood-wood
strengthening technique applied on a historical timber
floor in the Belasi castle, Italy, an assessment procedure
was applied based on proof load tests performed in situ on
the floor beams, in both the original and the repaired
condition, compared with experimental results obtained in
laboratory on some dismantled beams [16, 41] (Figure 3).

Figure 3: Proof load tests for the control of the intervention: on
site (up – Belasi Castle – I) and laboratory tests (down –
Laboratory of Materials and Structural Testing University of
Trento)

3.1.3 Assessment leading to decommissioning
Timber bridges need to be inspected using NDT and SDT
at regular intervals to determine the condition of the
structure. A series of pedestrian and cyclist bridges along
the Danube were evaluated by the district authorities. The
bridge at Dietfurt showed signs of neglected maintenance
with vegetation at structural elements, which should have
been back-cut [42]. Highly stressed construction details
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were substantially damaged, as shown in Fig.4, so that the
structural safety of the overall construction was no longer
ensured. A clearly visible dark discoloration indicated
constantly high MC. Measurements resulted in MC higher
than 30% throughout the lower beams which exceeds the
critical fiber saturation point and enables the growth of
wood destroying fungi. Resistance drilling confirmed that
the density of the timber was severely reduced and that
various members required complete replacement.
Exposed members exhibited shrinkage cracks with depths
up to 30 mm which led to even high moisture contents of
the inner sections. The unprotected timber bridge did not
fulfil safety requirements and ultimately had to be
decommissioned [42].

of nail-plate connected trusses was significantly damaged,
it was recommended as an initial measure of safety to
close the rink to public under high snow loads. Core
samples on glue-lines were extracted; and from four
samples taken, two did not fulfil the requirements
according to EN 386 [44]; therefore, in summer 2008 a
second round of investigations was carried out. Contrary
to the first inspection, and due to the lower MC of the
timber in summer, large cracks were observed, some more
than 2 m long and up to 90 mm deep (Fig.5 bottom). From
40 shear core samples taken, 19 did not fulfil the
requirements, in five of them less than 20% remaining
strength was obtained. The complete assessment
demonstrated that the roof structure did no longer fulfil
safety requirements and it was decided to decommission
it [43].

Figure 4: Decay of a timber bridge: connection (top) and main
member (bottom)

As a consequence of many timber structures collapsing in
Central Europe in the winter of 2006, mostly due to heavy
snow loads, existing large-scale building were monitored
more closely. One examined structure was the roof of an
ice rink in Solothurn, built in 1982 with seating for 4500
people [43]. The main load bearing elements were 14 m
long Glulam beams consisting of two parallel members
(Fig.5 top) 1.4 m high and 0.2 m deep. The originally open
south facade was closed in 1992 to improve the interior
conditions; this change however, decreased air
circulation, and as a consequence led to increased relative
humidity and timber MC.
At the time of first inspection in winter 2007, the MC was
determined to be partially above 30% allowing the growth
of wood destroying fungi. Visual inspections confirmed
local fungi infestations but no cracks were observed in the
Glulam beams. Since the secondary structure consisting

Figure 5: Main beam of roof structure (top) and crack in glueline (bottom)

3.2 STRUCTURAL TIMBER ELEMENTS
3.2.1 Identification of damage
Selected wave-based NDT, have been proposed for a
comprehensive characterization of timber elements of the
porch in the medieval church of Tenno, Italy [45]. The
methodology, combined with local SDT (e.g. drill
resistance tests in some selected critical areas), allowed to
map damage in timber members and identify vulnerable
areas where an intervention was required [46] (Figure 6).
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RESEARCH ON THE TRANSITION OF WOODEN CONSTRUCTION
METHOD FOR HOUSES IN JAPAN -ON KANTO REGIONAsami MORI1, Chikako TABATA2, Youichi HAYASAKI3, Naoya SHOJO4,
Kimiko MIYOSHI5 and Yoshimitsu OHASHI6
ABSTRACT: The purpose of this research is to make clear the transition of the construction methods of the
conventional wooden framed house in Japan. A new construction method spends time on spreading to the surrounding
area. And it also gradually spreads to provincial area according to the economic condition. Therefore we divided
residential area into “Metropolis” and “Provincial-city” in the research. We analysed the results of questionnaire survey
and compared the construction methods according to the constructed year and the area. As a result of the research, the
construction methods of the houses in “Metropolis” changed rapidly due to large earthquakes and the revision of the
Japan Building Standard Law. And in “Provincial-city”, two types of utilization rate could be found; one is gradually
increasing and the other is increasing to catch up with “Metropolis” 10-20 years later.
KEYWORDS: Wooden framed house, Construction method, Transition, Kanto region,

1 INTRODUCTION12
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1973 The first oil crisis
1979 The second oil crisis

1.1 HOUSE PRODUCTION[1]
The number of the new constructed house every year
in Japan [2] is shown in Fig. 1. The industrialization in
house production have advanced against to the house
shortage after WW2. The movement have started in
1970s and the number of the new house production
increased rapidly. Although the number decreased for a
while due to the two oil crisis, the housing construction
rush occurred again from the late 1980s. The supply
sides have been demanded more easily, and more
quickly in house production. In addition, in these years, a
lot of non-wooden apartment houses were built because
of its durability and the anti-fire performance. Local
small firms, which specialized in conventional wooden
framed house, lagged behind so-called “house makers”.
The house makers, which is now sharing large volume of
house production, came to the force in place of local
firms.
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Fig. 1 The new housing starts in Japan[2]
1.2 THE BUILDING CONSTRUCTION
METHODS OF THE CONVENTIONAL
WOODEN FRAMED HOUSE
The building construction method of the
conventional wooden framed house is the method mainly
composed of column and beam as shown in the Fig. 2. In
general, wooden framed house is based on the
specifications rule which is described for the Japan
Building Standard Act. Therefore, it is thought that some
of the building construction method changed whenever
the Japan Building Standard Act had been revised. The
transition of the Japan Building Standard Act is shown in
Table 1. The Japan Building Standard Act mainly
changed by earthquake.
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1.3 CONCEPTION ON DIVISION OF AREA

Fig.2: Wooden framed house
Table 1: The transition of the Japan Building Standard
Act
Year

The Japan Building Standard Act

Main disaster

TheJapan Building Standard Act was
enacted.
Wall quantity culation that the bearing walls
were put according to floor space was
1950
stipulated.
Quantity of necessary wall and the type and
the wall magnification of the bearing wall
were stipulated in this time.
Quantity of necessary wall and the type and
1959 the wall magnification of the bearing wall
The Ise Bay Typhoon
were revised.
1968

Tokachi-Oki Earthquake

The foundation of concrete and steel
reinforced concrete setting was required.
1971
Quantity of necessary wall for the wind
pressure was stipulated.
Enforcement Ordinance of Constructuin
Standard Law was revised.
Wall quantity culation was reviewed.
The bearing walls of board such as structural
1981
plywood and plaster board were added.
Wall quantity culation that the bearing walls
were put according to floor space was
revised.
1995

The Hyogoken-Nanbu Earthquake

The foundation construction for bearing
2000 power of soil was stipulated. Grond survey
was necessary virtually.

Fig 3: Houses of each area
( left: ”Metropolis”, right: “Provincial City”)

The construction method of conventional wooden
framed house in Japan changes gradually and comes to
the present aspects. It is important to understand the
transition process to predict the expecting and coming
construction method.
The studies of the past reported that the turning
points from old method to new one are different
according to the regions. However, as shown in the Fig.
3, there may be the differences between the houses even
in the same region due to the development stage of the
city. Because, the new construction method begins to be
used in urban area, and the method gradually spreads to
provincial area.
By the way, there are few studies on the difference of
the construction method between cities.
The objective area of this study is Kanto region.
Tokyo is including in it. We divided residential area into
some types and collected materials related to the
transition of construction methods of wooden houses by
questionnaire survey. The purpose was to make clear of
the relation between construction methods and each area
and era.

2 SURVEY OVERVIEW
2.1 REGINAL DIVISION
The construction methods of houses vary owing to
their area by difference in climate, culture and economic
condition. Therefore, we should not consider the
residential areas are homogeneous. Therefore, we
divided the residential area into the two groups as
“Metropolis” which develops around commercial
districts and “Provincial-city” which is widespread
around “Metropolis” as shown in the Fig. 4. Over again,
we divided the each two groups into three types due to
the density of population, commercial districts and the
distance from the nearest station. In this study, we
divided 31323 districts of Kanto-region into the six
groups. The distribution of the six groups is shown in
Fig. 5. And, the number of the houses and the density of
houses of each group are shown in Table 2.
The ratio of detached houses in “Metropolis” is about
30% of the whole Kanto-region, and the rate in
“Provincial-city” is around 70%.
The ratio of detached house in “Metropolis-center
city” and “Metropolis-Surrounding city” are less than
50% and flat type residential is the main. In contrast, the
ratio of detached house in “Provincial-city-Surrounding
city” is about 70% and the ratio in “Provincial-cityFarming village” is around 90%. These show that the
detached house is the main these areas. In addition, the
density of detached house in each group is also different.
There are about 20 houses per 1ha in “Metropolis-center
city” and “Metropolis-Surrounding city”, but less than
10 houses par 1ha in “Provincial-city-Surrounding city”
and “Provincial-city Farming-village”.
And the ratio of detached house and the densities of
the house in “Metropolis-outskirts” and “Provincialcity-center city” are the middle of them.
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The total number of the mailing is 3258. The total
number answered in this survey was 572. And the
effective answer is 322, and the effective answer rate
was 9.9%. There were a lot of answers from the nonwooden houses, especially in “Metropolis”. The area that
the effective answer rates were over 10% were only
“Metropolis-Outskirts” and “Provincial-city Farming
village”. Those were located in the low density area.

Provincial-city
・Center city
・Surrounding city
・Farming village

Metropolis
・Center city
・Surrounding city
・Outskirts

Table 3: Distributed area of questionnaire
Regional
division

The area

Kamimeguro,
Meguro Ward,
Tokyo
Yamato-cho,
Metropolis Surrounding
Nakano Ward,
city
Tokyo
Suwa, Tama City,
Outskirts
Tokyo
Nishimaba-shi,
Matsudo City,
Center city
Chiba
Terazaki, Sakura
Surrounding
City, Chiba
city
Ota, Sakura City,
Chiba
ProvincialFujisawashinden,
city
Tsuchiura City,
Ibaraki
Farming
Takaoka, Tsuchiura
village
City, Ibaraki
Tadobe, Tsuchiura
City, Ibaraki

Total

Center city

Fig .4: Two groups of residential area

Table 2 The number of the houses and the density of
houses of six groups[3]
The density The density
All houses
Detache houses
of all
of detached
（1,000 houses) （1,000 houses)
(/ha)
(/ha)

(a-i)/
(b)

(c-i)/
(d)

88.3

19.6 23.4% 15.6%

4642.2 (a-2) 1570.5 (c-2)

62.8

20.7 33.8% 26.4% 19.2% 33％
％

1064.2 (a-3)

530.5 (c-3)

33.8

16.9 49.8%

Provincial-city
Center city

4085.1 (a-4) 1722.9 (c-4)

37.5

15.9 42.2% 23.2% 21.0%

Provincial-city
Surrounding
city

3795.5 (a-5) 2591.2 (c-5)

14.2

9.3 68.3% 21.6% 31.6%

1269.0 (a-6) 1141.5 (c-6)

1.6

Metropolis
Outskirts

Provincial-city
Farming
village
Total

2737.1 (a-1)

(c-i)/
(a-i)

641.5 (c-1)

Metropolis
Surrounding
city

17593.2 (b)

The number of
answer
the effective all

The ratio of
the effective
answer

644

43

(123)

6.7%

718

53

(101)

7.4%

480

96

(142)

20.0%

729

50

(89)

6.9%

296

29

(51)

9.8%

129

6

(16)

4.7%

79

20

(22)

25.3%

77

10

(10)

13.0%

106

16

(18)

15.1%

3258

323

(572)

9.9%

3 RESULTS

Fig. 5: Six groups in Kanto region

Metropolis
Center city

The number
of distributr

7.8%
About

1.4 90.0%

6.0%

3.1 SUMMARY
The results of the answer on construction method are
presented according to the era or the area. In addition,
we analysed and considered according to the two groups
of “Metropolis” and “Provincial-city”, because the
number of the effective answer is small. In the following
figures, the result of “Metropolis” is shown at the left
side and the result of “Provincial-city” is the right side.

6.5%

3.2 FOUNDATION
About
67%

7.2% 13.9%

8198.1 (d)

2.2 QUESTIONNAIRES SURVEY
We mailed directly the questionnaires to the
mailboxes of the houses in each area. The sampling areas
for the distribution of the questionnaire and the number
of the distribution and the answer were shown in The
total number of the mailing is 3258. The total number
answered in this survey was 572. And the effective
answer is 322, and the effective answer rate was 9.9%.
There were a lot of answers from the non-wooden
houses, especially in “Metropolis”. The area that the
effective answer rates were over 10% were only
“Metropolis-Outskirts” and “Provincial-city Farming
village”. Those were located in the low density area.
In addition the effective answer is only the answer
from the houses of detached and wooden framed.

The illustrations of isolated foundation, footing
foundation and raft foundation are shown in Fig. 6, and
the ratio of the foundation method by era is shown in Fig.
7. The largest rate of changing from isolated foundation
to footing foundation was 1980s. The rate of isolated
foundation gradually decreased and it was not used after
2011. On the other hand, the high changing ratio from
footing foundation to raft foundation was seen in 1990s.
Footing foundation was the main foundation until 1980s
and the utilization rate was decreased to less than 30%
after 1990s.
The utilization ratio of foundation method according
to the era and the area is shown in Fig. 8. The turning
point from footing foundation to raft foundation
concentrated in 1990s in “Metropolis”. In contrast, in
“Provincial-city”, the utilization rate gradually rose from
1980s. And, the utilization rate of raft foundation in
“Metropolis” arrived at 80% in 1990s, and the rate in
“Provincial-city” became to 80% in 2000s. Therefore, it
was also thought that the spread of raft foundation in
“Metropolis” was earlier than “Provincial-city” for about
10 years.
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Fig. 6: The form of foundation
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Fig. 7: Foundation method by era
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Fig. 8: Foundation method by era and by area
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Provincial-city Isolated→Footing
Provincial-city Footing→Raft

( left: ”Metropolis”, right: “Provincial-city”)

According to the past study [4], raft foundation was
originally used for soft ground to prevent ground
subsidence. The study said that raft foundation had
become using even for non-soft ground because of the
affect by the Hyogoken-nanbu Earthquake in 1995 and
the revision of the Japan Building Standard Act after the
earthquake. The past study also reported that the turning
point of footing foundation was 1960s. However, the
point was not observed in this survey.
3.3 WALL
The illustration of walls for Shin-kabe and O-kabe
are shown in Fig. 9, and the utilization ratio of Shin-kabe
and O-kabe by era is shown in Fig. 10. The utilization
rate of Shin-kabe was higher than the ratio of O-kabe
until 1970s, but O-kabe increased from 1980s.
Especially, the rates with the previous years in 1970s1990s were around 20%. The rate of O-kabe amounted
to about 90% after 2000s. Then, the wall changed from
Shin-kabe to O-kabe in 30 years from 1980s to 2000s.
And the turning points from Shin-kabe to O-kabe were
relate to the “westernization of the houses” and the
turning point of shear walls as mentioned later.
The ratio of Shin-kabe and O-kabe according to the
era and the area is shown in Fig. 11. In 1970s, the
utilization rate of O-kabe in “Metropolis” increased
earlier than the rate in “Provincial-city”. There was the
gap about 10 years in the turning points from Shin-kabe
to O-kabe. According to Fig. 12 which showed about the
ratio of living room’s style by era and by area. In
“Provincial-city”, the ratio of Japanese style was more

than 60% before 1970s and gradually decreased. In
contrast, the rates in “Metropolis” were 0-30% through
all era. And there was the tendency that the houses in
“Metropolis” positively took the foreign style from
before 1970s. Therefore, the houses in “Metropolis” is
thought that there was the difference from the other area.
Because the houses in “Metropolis” took early O-kabe
method which resembles foreign style.
The illustrations of the shear walls are shown in Fig.
13. In general, a brace is attached inside of a frame and a
structural plywood is attached outside of a pillar.
According to Fig.8, the shear walls of the structural
plywood are unsuitable for Shin-kabe because the pillars
of Shin-kabe are uncovered. Therefore, when structural
plywood are used for the shear walls, O-kabe is adopted.
The ratio of the shear walls by era is shown in Fig.14.
“Only brace” has been used to the shear walls for a long
time. However, by 2000s, the house using both shear
walls of brace and structural plywood became the main
and the house using only braces decreased. The
structural plywood wall is formally included in the
structural shear walls by the revision of the Japan
Building Standard Act at 1981. In addition, the strength
value of the bracing wall was set lower than before in the
revision. According to the ratio of the previous age, the
houses using “both shear walls” increase from this 1980s.
And, the largest ratio of the previous age is 2010s
because the earthquake in 1995 might have influenced.
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Fig. 10: Shin-kabe and O-kabe by era
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Fig. 11: Shin-kabe and O-kabe by era and by area
( left: ”Metropolis”, right: “Provincial-city”)
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Fig. 12: The form of living by era and by area
( left: ”Metropolis”, right: “Provincial-city”)
100%
90%
80%
70%
60%
50%
40%
30%
20%
10%
0%

1
1

4

2
1

10
1

10

12

The ratio of previous years(%)
60%
1995 The Hyogoken-Nanbu Earthquake
40%

17
5
5

27

20%
0%

16

2

-20%
-40%

Only blacing

Fig. 13:The form of shear walls

1

Only structural plywood

Fig. 14: Shear walls by era

Both

-60%

1981 The revision of the Japan Building
Standard Act
Only blacing→

WCTE 2016 e-book | 3308

3.4 FLOOR
The ratio of floor frame by era is shown in
Fig. 15. The utilization rate of structural
plywood exceeded the rate of wooden board in
1980s. However, outstanding ratio could not be
seen. Therefore, it is thought that floor material
gradually changed from wooden board to
plywood board.
The ratio of floor frames according to the
era and the area is shown in Fig. 16. In 1970s,
the ratio of structural plywood board in
“Metropolis” was more than half, but the ratio
in “Provincial-city” arrived at 50% in 1990s
which was 20 years later. The largest ratio
compared with the previous years in
“Metropolis” was 1970s, but the utilization rate
stayed in 60-70% after this. In contrast, the ratio
with the previous years in “Provincial-city”
were about 10% in each era except after 2011
and the utilization rate of plywood board
gradually increased.
3.5 ROOF

100%
90%
80%
70%
60%
50%
40%
30%
20%
10%
0%

1
23

28

29

17

24

The ratio of previous years(%)
60%
1995 The Hyogoken-Nanbu Earthquake
40%
20%

7
35

37

25

22

15

0%
-20%

-40%
-60%

Structural plywood

1981 The revision of the Japan Building
Standard Act
Wooden board→Structural plywood

Wooden board

Fig. 15:Floor frames by era
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The ratio of roof-base materials by era is 100%
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1980s. After 2001, the utilization rate of wooden
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board in “Provincial-city” was still 30-40%.
Fig. 18: Roof-base materials by era and by area
Therefore, the tendency was seen that the houses
( left: ”Metropolis”, right: “Provincial City”)
in “Provincial-city” are not completely shift to
the new system.
Therefore, it is thought that the roof changed from heavy
The ratio of roofs by era is shown in Fig. 19.
roof as Japanese roof tile to light roof as cement slate
Japanese roof tile was the main until 1980s. The
roof.
utilization rate of cement slate roof exceeded the rate of
The ratio of roof-base materials according to the era
Japanese roof tile and became the main roof. The
and the area is shown in Fig. 21. There are clear
quantity of necessary shear wall changed as shown in
differences betwe en “Metropolis” and “Provincial-city”,
Fig. 20 by the revision of the Japan Building Standard
especially in the rates of cement slate roof and Japanese
Act at 1981. For example, the quantity for light roofs
roof tile. Japanese roof tile was used more than half in
was equal to the heavy roof before the revision. More
“Provincial-city” until 1990s. In “Metropolis”, slate roof
shear walls had to be constructed than before. And
was already the main roof in 1970s, the utilization rate of
changing the roof materials might be easier than
Japanese roof tile decreased. And, it was the tendency
increasing shear walls. In addition, seismic performance
that metal sheet roof and europian roof tile were used
was becoming important for occupants and house owner.
more in “Metropolis” than in “Provincial-city”.
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3.6 INTERIOR WALL FINISH
The ratio of O-kabe room’s interior wall
finish by era is shown in Fig.22. The utilization
rate of cloth for covering wall was already more
than 50% before 1970s. The tendency that the
utilization rate of wood board finish gradually
decreased was seen. Therefore, in this survey, the
data after the turning point might gathered
mainly.
The ratio of Japanese room’s interior wall
finish by era is shown in Fig. 23. The rate of
plastered wall accounted for 70-80% until 1990s.
After 2000s, the ratio of the previous years of
cloth for covering wall rapidly increased more
than 30% and became the main finish. The
reason was thought that the durability of the
plastered wall became the large subject of
discussion after the earthquake at 1995.
In the comparison of wall finish between Okabe room and Japanese room, the ratio of cloth
for O-kabe room was more than half in 1970s,
whereas the ratio in Japanese room’s arrived at it
in 2000s. It was 20 years later.
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Fig. 22: The O-kabe room’s interior wall finish by era
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Fig. 23: The Japanese room’s interior wall finish by era

3.7 EXTERIOR WALL FINISH
The siding, mortar, plasterwork and both finish are
shown in Fig.24- Fig.27. And the ratio of exterior wall
finish by era is shown in Fig.28. The main finish for
exterior wall was mortar until 1980s. According to the
ratio of the previous years, outstanding ration is not seen
in siding, but the ratio gradually increased and exceeded
the utilization rate of mortar in 1990s.
The ratio of exterior wall finish according to the era
is shown in Fig.29. In “Metropolis”, there were few

houses of plasterwork, and siding or mortar were used.
There were the houses of both finish of siding and
mortar as shown in Fig. 27. In contrast, the main exterior
wall finish was plasterwork until 1970s in “Provincialcity”. After this, the utilization rate decreased, but siding
was used instead of plasterwork more than mortar. The
past study [5] reported that the changing to siding has
happened at the same time every area. Therefore, the
period using of mortar was short in the area, where the
changing to mortar was late. It is thought that
“Provincial-city” in this survey was one of this case.
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Fig. 24: Siding

Fig. 25:Mortar
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4 CONCLUSIONS
The results made clear in this survey are shown in
followings;
•
The turning point from Footing foundation to
Raft foundation in “Metropolis” was 1990s. In
contrast, the utilization rate of Raft foundation in
“Provincial-city” gradually increased from 1980s.
•
The turning point from Shin-kabe to O-kabe have
related to the kind of shear walls. However, in
“Metropolis”, O-kabe has been used before the
changing of shear wall. The reason might be the
“westernization of houses”.
•
The changing era of using structural plywood for
roof resembled to the turning point of using
structural plywood for shear walls. And,
“Metropolis” was earlier than “Provincial-city”
for about 10 years.
•
It is thought that roof material changed due to the
influence of the earthquake and the revision of
the Japan Building Standard Act. The houses in
“Metropolis” used metal sheet roof and cement
slate roof before 1970s. On the other hand,
Japanese roof tile was mainly used until 1990s.

•

Siding and mortar were used before 1970s in
“Metropolis”, however the main exterior wall
finish in “Provincial-city” was plasterwork.

Therefore, the construction methods of the houses in
“Metropolis” were changeable by the earthquake or the
revision of the Japan Building Standard Act rapidly. And
in “Provincial-city”, there are tendencies that the
utilization rate of new methods gradually increased or
increased to follow “Metropolis” 10-20 years later.
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DESIGN CONCEPTS OF TIMBER HOUSE BY LESSONS LEARNT FROM
TRADITIONAL KOREAN TIMBER HOUSE, HANOK
Kug-Bo Shim1, Joo-Saeng Park2, Kwang-Mo KIM3, Sang-Joon LEE4, Moon-Jae PARK5
ABSTRACT: Traditional Korean Timber House, Hanok, is a famous cultural inheritance not only because of its
aesthetic excellence but also because of its congeniality with human and nature. The main characteristics of Hanok
which are inherent worth of choose to the modernized timber house are categorized as follow; i) freeness of selection of
construction materials; ii) variability of spaces for halls, rooms, and storages; iii) easiness of protection of wood
structures from water, and iv) simple way of maintain or repair the structures. Those advantages of Hanok come from
its load bearing system, post and beam heavy timber structure, and unique long eaves and curved roof. Therefore, the
modernized timber houses could be designed based on the post and beam heavy timber structure to adopt merits from
traditional Korean timber house.
However, high construction cost of Hanok is one of main obstacles of expanding its demand in Korean timber
construction market. To reduce construction cost and to improve structural safety and living performance, the new
concept as modernized timber construction, Hangreen, which uses pre-manufactured heavy timber as structural
members with metal connectors is proposed. Four models of Hangreen were demonstrated with various designs,
structural members, and connections. The model houses with the new design concepts is showcased to reduce
construction cost of Hanok more than half and to improve living performances while including merits of Hanok.
KEYWORDS: Timber house, Post and beam, Construction cost, Pre-manufactured timber structure, connection

1 INTRODUCTION 123
Traditional Korean Timber House, Hanok, is a famous
cultural inheritance not only because of its aesthetic
excellence but also because of its congeniality with
human and nature. The main characteristics of Hanok
which are inherent worth of choose to the modernized
timber house are categorized as follow; i) freeness of
selection of construction materials; ii) variability of
spaces for halls, rooms, and storages; iii) easiness of
protection of wood structures from water, and iv) simple
way of maintain or repair the structures. Those
advantages of Hanok come from its load bearing system,
post and beam heavy timber structure, and unique design
of long eaves and curved roof. The freeness of wall
material selection and variability of space application is
possible due to heavy timber load bearing post and beam
structures and non-load bearing wall systems of Hanok.
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The selection of non-load bearing wall materials, such as
clay with cornstalk, has no limitation due to its freeness
from load. Also, residential space of Hanok can be easily
modified if the purpose of spaces is changed. Therefore,
the modernized timber houses could be designed based
on the post and beam heavy timber structure to adopt
previously mentioned advantages of traditional Korean
construction.
However, high construction cost of Hanok is one of main
obstacles of expanding its demand in Korean timber
construction market. It is expensive mainly because of
high labour cost for carving and cutting timber members
for structure on site which extends construction period
and raises labour cost. Also, the heavy roof structure for
aesthetic appearance, for protection of timber structures
from rain, and for heavy load element for complement
non-metal connections increases construction cost
because of large amount of building materials and
lengthy period of construction.
Therefore, this study was carried out to propose certain
types of timber house which can be the model to
strengthen the advantages of Hanok and to supplement
the weakness of traditional timber house for expanding
timber house market in Korea.
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2 LESSONS LEARNT FROM TIMBER
CONSTRUCTIONS
2.1 CHARACTERISTICS OF TRADITIONAL
TIMBER CONSTRUCTION, HANOK
The Hanok has many advantages which include
durability of structures, convenience for living, and
maintenance efficiency of structures, among others.
To protect wooden structure from water, longer eave and
higher foundation is one of the best options which were
usually applied in the Hanok.
Outstanding durability of Hanok comes from the unique
design of construction. Its foundation is about 0.6 m
height from ground level so the bottom of timber posts is
protected from ground moisture. Eave length is about 1.2
m so outside of timber structures are covered by roof to
protect from water such as rain drops or snow.
The main load bearing elements of Hanok are heavy
timber posts and beams. Therefore, material selection of
non-load bearing wall is widely various. Clay with straw
and cornstalk, wooden panels, and doors covered with
Korean handmade thick paper are mostly chosen for
non-load bearing wall material. The heavy timber load
bearing structures make possible to relocate inner spaces
if there are any needs to change the purposes of a room
or space.

standardized construction system, such as light frame
construction.

2.2 CHARACTERISTICS OF NORTH
AMERIOCAN LIGHT FRAME
CONSTRUCTION
The North American light frame construction is famous
for its economic way of construction. The construction is
consisted of standardized dimension lumber (2 by series
of lumber) and structural panel (Oriented Stranded
Board) for shear wall system and roof system.
Connections to transfer loads between structural
elements are nails, metal plates and hold down
connectors.
The light frame constructions are economical because
they are built with standardized structural elements and
modular floor plan. Due to its plenty of cavities between
studs and joists, insulation layer can be easily installed to
improve adiabatic performance.
Since the light frame construction system was developed
in North America, standard sizes of dimension lumber
and modular plans of house are suitable to North
American condition. For example, sizes and grades of 2
by series dimension lumber for light framing are suitable
for large dimension logs produced in North America in
terms of lumber recovery and quality.

The load bearing posts and beams were connected
without metal connectors and resistant axial load
independently therefore if any circumstances there are
decayed or rotten part of post, part or entire post or beam
can be substituted by sound timber element easily. It is
the reason why the maintenance is possible easily.

Therefore, the merits of light framing construction can
be accepted for modernized timber house in Korea to
reduce construction cost and to improve insulation
performance.

Figure 1: Traditional Korean Timber House, HANOK

Figure 2: North American light frame construction

However, the structural members of Hanok are made of
different sizes and shapes of logs. The members are
manually trimmed and carved by experts on site of
construction, so the working hours are relatively longer
than North American light fram houses. Therefore the
construction cost of Hanok is considerably higher than

2.3 CONDITIONS OF DOMESTIC TIMBER
RESOURCES
Available Korean timber resources were mainly planted
from mid of 1960 to green severely degraded forest land
after the Korean War. Due to poor soil and weather
condition, the growing speed of trees is quite slow. The
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breast height diameter of 50 year grown trees is about 25
cm, so production rate of 2 by series of structural
dimension lumber is less than 20 %. Therefore, to use
domestic wood resources efficiently, using small
diameter timber for large scale post and beam member is
one of the best ways, rather than manufacturing
structural dimension lumber for light frame construction.
The post and beam heavy timber construction can be a
solution to use Korean wood resources efficiently not
only because of its production rate of structural timber
but also because of its load bearing efficiency as post
members.

2.4 SURVEYS ON TIMBER CONSTRUCTION
STYLES IN KOREA
A survey to suggest appropriate timber construction style
in Korea was carried out targeting timber construction
experts.
About 70 % of respondents chose appropriate structure
in Korea as combination with post and beam and light
frame structure. The preference of post and beam
structure is because of exposure of structural post and
beam members as interior materials, like traditional
Korean timber house. In the case of light frame
construction, the structural lumbers are protected by
gypsum board or sheathing material such as Oriented
Strand Board. Therefore, dwellers cannot see wooden
interior materials if additional wooden interior materials
are not installed. However, the lateral load resistance of
shear wall of light frame is the reason why respondents
chose hybrid structure with post and beam and light
frame structure.

3 PROPOSALS FOR KOREAN TIMBER
HOUSE MODEL
3.1 STRUCTURAL ELEMENTS
The post and beam timber structure is proposed as
appropriate Korean timber house structure. It is not only
because of structural and appearance advantages but also
because of efficiency of utilization of domestic timber
resources.
The moment resisting connection of post and beam
structures is essential to ensure the safe of timber house
against lateral load. However, hybrid structure with post
and beam and light frame shear wall can resist against
lateral load due to the shear wall element. Therefore,
vertical loads of timber house are mainly resisted by the
posts and beams structure and lateral loads are resisted
by the shear wall.

3.2 ECONOMICAL ASPECTS AND
PERFORMANCE
To reduce construction cost and to improve structural
safety and living performance, light frame shear wall,
joist and roof structure is proposed for the Korean timber
house model. The suggestion is made because it is
economical way of using imported dimension lumber
and has the possibility of reducing construction cost due
to simple and standardized way of construction. Also, it
provides spaces for insulation layers to reduce heating
and cooling energy cost.
For the post and beam members and connections, premanufactured metal connections were proposed.
Adoption of pre-manufactured connections can reduce
construction cost due to elimination of on-site work.
Domestic heavy timber or glued laminated timber was
chosen for post and beam elements materials.

3.3 PROPOSED DESIGN
Proposed design of the post and beam heavy timber
house model with light frame shear wall and joist has
demonstrated in the following four projects.
Figure 3 : Survey result on appropriate structure for
Korea timber house
As survey result shows, the post and beam heavy timber
construction with light frame shear wall for lateral load
resistance can be a model for Korean timber house.

3.3.1 TEST HOUSE
The first model was called as TEST HOUSE which was
built with center bored posts, glued laminated timber
beams with 3.6 m span, and light frame shear wall, floor
joist system, and roof structure.
Japanese larch center bored posts were introduced to
improve drying performance of big dimension timber
and the center hole was used for connections to
foundation and beams. The compression test results of
the center bored posts which were 7 and 9 cm of bored
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hole and 15 and 18 cm square post showed the same
maximum compression load with the un-bored posts.
The reason is that removed part is mostly juvenile wood
and it is weak to resist compression load.

The name of this building is TEST HOUSE because
many testing materials were included. It is the first post
and beam hybrid building in Korea which was
constructed with domestic engineered wood with premanufactured method.

Load (kN)

Maximum compression Load
1,200
1,000
800
600
400
200
0
Po le
er
2 1cm cm T imb T imb er o le
P
1 8 1 5cm
1 5cm

9cm Bore
7cm Bore
Kerf
Non-treatement

Figure 6 : Pre-manufactured connections and the end
of first construction day of post and beam members

Figure 4 : Center bored post and maximum
compression load
The design of the TEST HOUSE was selected through
public contest under the previously described concept of
the Korean style post and beam heavy timber
construction.

Figure 5 : The prize winner of the contest for Korean
style heavy timber construction

Figure 7 : Inside of the TEST HOUSE

Floor plan

The space arrangement of the design came from
traditional Korean house, Hanok. The separated
buildings of one story living room and two stories
bedroom aimed to save energy consumption and create
path between front and back yard. The unparalleled
placement of two buildings is introduced to overcome
the limitation of narrow spaces of the site.
The post and beam members, which were center bored
posts and glued laminated timber beams (Japanese
Larch), were pre-manufactured in a mill for the
connections and transported to the site of the
construction. The assembly of the posts and beams for
the house took two days only, even though it is the first
trial in Korea. The total floor area is 215.87 ㎡, and it
was constructed in 2006 in Seoul.

Figure 8 : Completion of TEST HOUSE
The construction cost of the TEST HOUSE was about
2,000 USD/㎡, 1/3 of traditional Korean house. The
main reasons of cost saving are because of shortening
on-site labour period due to pre-manufactured
engineered wood members and substitution of heavy
tiled traditional roof systems to light frame roof system.
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However, the living performance of TEST HOUSE, such
as insulation properties and air tightness, was improved
significantly.
3.3.2 HANGREEN
The second model is called as HANGREEN, which is
located in Gyoung-gi Province, and constructed in 2008.
The total floor area is 175.21 ㎡.

The floor plan of HANGREEN is also separated with
bed rooms in two stories building and a living room and
a kitchen is in one story building. The roof is sloped light
frame structure. The foundation of the house is about 40
cm from the ground level and eave length is 60 cm to
protect the structure from moisture.

The HANGREEN was built with Japanese larch big
dimension heavy sawn timbers as posts and beams
instead of glued laminated timber. The sizes of structural
elements were 180x180 ㎜ square for post and 180x240,
270, and 300 ㎜ for beams. To complete this house, high
temperature and low humidity drying techniques were
developed to dry big dimension timbers.
The posts and beams and connections were premanufactured as the same as the TEST HOUSE. Due to
the pre-manufactured structural posts and beam elements,
framing work was completed in one day (six hours).

Figure 10 :: Connection details and pre-manufactured
structural element
3.3.3 SUWON TEST HOUSE
The third model was called as SUWON TEST HOUSE
which had traditional tiled roof system. It was built in
2011 and located in SUWON city, Gyeong-gi Province.
The total floor area is 217 ㎡. The reason of choosing
tiled roof was to showcase the traditional tiled roof
system is also applicable to the heavy post and beam
structure.
The SUWON TEST HOUSE was constructed with
typhoon damaged Korean pine sawn timber and glued
laminated timber as post and beam structural elements.

Figure 101 : Framing work of SUWON TEST HOUSE

Figure 9 : Framing and design of HANGREEN
HOUSE
The standardized module of the Hangreen was 1.2 m and
the longest span of beam was 4.8 m.
The HANGREEN used SIP (Structural Insulated Panel)
instead of light frame shear wall to improve insulation
and air tightness performance of the house. The SIP
consists of an insulation layer of rigid core sandwiched
between two layers of structural board, OSB.
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Figure 112 : SUWON TEST HOUISE
This project adopted traditional Korean timber house
concept, not only the tiled roof system but also the
traditional door and window.
The two stories house was separated between the floors.
Therefore, it is possible to use the house independently
by two families.
Other technical details were almost the same as the
previous projects, such as pre-manufactured structural
elements and connections, hybrid structures with post
and beam and light frame shear wall system.
3.3.4 SEOGUIPO TEST HOUSE
The fourth model was called as SEOGUIPO TEST
HOUSE which was constructed in 2011 in Jeju Island.
The house was built with local species, Japanese cedar,
for the main glulam structural element. It is two stories
house and the total area is 172 ㎡.
The design of this house adopted space arrangement of
traditional Jeju area house, i.e. wide spaces between two
buildings with vertical and horizontal air flow.

Figure 145 : SEOGUIPO TEST HOUSE

4 CONCLUSIONS
The proposed design concept of Korean timber house
adopts ideas from traditional Korean timber house and
North American light frame construction. The concepts
reflect advantages of traditional construction and of
economical and standardized model of North America.
This model may support to expand the Korean timber
house market and to broaden domestic wood utilization..
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Figure 134 : Pre-manufactured connection and
framing work
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CHARACTERICS OF BIODEGRADATION FOUND IN ROOF STRCUTURE
OF WOODENHISTRICAL BUILDINGS
Yuko Fujiwara1, Yoshihisa Fujii1 , Kyosuke Mukaibo2 and Yoshiyuki Suzuki3
ABSTRACT: Most of the historical buildings in Japan involving temples, shrines, castles and houses are made of
traditional timber frame constructions and they are often exposed to the risk of biodegradation such as decay and insect
attack, mainly by termites and other wood attacking insects. The degradation becomes sometimes serious due to the
lack of proper maintenance systems coupled with periodic diagnose and maintenance. It was often reported that the
biodegradation affects the performance of the buildings to resist a severe earthquake. There are also many vary
variations in roof structures and they are exposed also the risk of biodegradation. In this study, based on the survey of
traditional roofs, and the features are analysed, and the relationships between the design, materials and construction
techniques and the deterioration were clarified.
KEYWORDS: Roof structure, biodegradation, traditional wooden buildings

1 INTRODUCTION 123
We have conducted a series of survey on the
relationships between the roof structure, materials and
building technologies of Japanese wooden traditional
building and the bio-degradation such as insect attack
and fungal attack. The results are summarized in this
study. This paper consists of the revised work of the
previous publication 1,2 , and the original data.

2 GENERAL INSTRUCTIONS
Tile roof “Kawara-buki” is the most conventional roof
style. There are two types of tile roof, pantile roof (Sangawara buki) and formal-tile roof (Hon-gawara buki)
consisted pairs of flat tile and round tile, respectively
(Figures 1 - 3).
The layers of tiles are constructed on the sheathing
structure made of thin boards. A clay layer is inserted
between them, in order to fix the tiles. After the exposure
to rain falls for long period, water invades between the
tiles, penetrates through the clay layer and reaches
wooden sheathing. This water causes the decay in roof
structures. The amount of water invade into the roof is
strongly influenced by roof pitch (inclination). The speed
of rain water flow changes in accordance with the pitch.
Rain water stays in the areas of lower speed and some
amount of it comes down into the clay layer repeatedly.
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Figure 1: Model of tile roof
“Higashi honganji” temple in Kyoto
Upper: front view, lower: side view
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Figure 2: Cross section of traditional formal tile roof
“Higashi honganji” temple in Kyoto

Figure 4 shows the cross-section of main hall of Amidado in Higashi-honganji temple in Kyoto. The total pitch
is steeper for back side than for the front side, however
the pitch in the front side changes in the middle of the
roof height. As the result, in the sheathing of the areas of
more gentle pitch, more severe decay was found (Figures
5,6). The ridge beam is normally covered and packed
with tiles and plaster. However rain water invades also
into this structure and causes decay. At the corners of the
roof styles of hip-and-gable roof (Irimoya dzukuri), the
pitch of the angle rafter (Sumigi) becomes very gentle at
its end, and sometimes it becomes reverse inclination for
some styles of temples. In the areas near the angle rafter
and the end of the gable, the speed of the rain water get
very slow, stay and invade down in the roof structure.
Sever decay are sometimes found in this area. Insect
attack by beetles and bees are also often found in the
roof structure (Figures 7-21).

Figure 3: Views of large-scale Buddhistic temple
Main hall, “Amida-do” of “Higashi honganji” in Kyoto.
Blue circles denote the areas of higher risk of biodegradation in roof structure

Figure 4: Roof pitch of main hall of “Higashi honganji”
In the area of lower pitch in front side (Gohai), the risk
of degradation becomes larger.

Figure 5: Wooden sheathing (roofing), “Doi-buki” (1)
Upper: back side of roof, middle : upper of front side
lower: lower part of front side near “Gohai”
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Figure 8: End of roof structure “Tuma-men”(2)
Disassembled structure of roof end “Tumamen”, with
“Geya” small attached annex. Photo: “Eikan-do”

Figure 6: Wooden sheathing (roofing), “Doi-buki”(2)
In some cases, termite attack is also found in the roofing,
where rain water is accumulated and the wood is kept
wet through the year. This attack is initiated by termite
swarm. Photo: “Eikan-do” in Kyoto.

Figure 9: End of roof structure “Tuma-men”(3)
Due to the invade of rain water, the wooden construction
members are decayed heavily. Photo: “Eikan-do”o

Figure 7: End of roof structure “Tuma-men”(1)
The construction is more complicated in comparison
with front side, and exposed directly to rain, so that
higher risk of degradation is found due to the invading of
rain water. Photo: “Eikan-do” in Kyoto.

Figure 10: Wood decay found in base board “Noji-ita”
In the case of deeper invade of rain water, decayed area
distributes down to the base board “Noji-ita”. Photo:
“Eikan-do” in Kyoto
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Figure 11: Wood decay found in roof structure
When the decay due to the rain water is progressed for a
long time, the main frame made of post and beams of
roof structure is also deteriorated. This is the view of
inner side of roof structure. Photo: Higashi-honganji

Figure 14: Termite attack found in “Munagi”(1)
It is rare especially in modern wooden house to find
termite attack in roof structure. However in traditional
wooden buildings, termite attack is found some times,
although the structure is very high. It is initiated by the
swarm of termite, and heavy attacks are found in the
areas of rain water invasion. This picture is the termite
attack found near end of “Munagi”, and it is the point of
change in slant of “Munagi”, where higher risk of rain
water invade is predicted.

Figure 12: Finishing work of top of roof “Mune”,
photo from document of Association “Nichi-Den-Ken”.
Wood beam of roof top “Munagi” is covered by the roof
tiles and plaster. “Munagi” is almost fully packed by the
coverings.

Figure 15: Termite attack found in “Munagi”(2)
In larger roof structure, box-type “Munagi” is often
adopted. This box structure is also covered with tiles and
plaster. After a long period of time, the members of the
box are decayed or attacked by termites. This is also
strongly influenced by the moisture from the invasion of
rain water. Photo: Buddhistic temple in Kyoto.

Figure 13: Decay found in “Munagi”
After long period, water invades through the cracks and
apertures, the wooden beam “Munagi” is also often
deteriorated. Photo: Shinto-shrine in Kyoto.
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Figure 18:Deacy and termite attack found in the ridge
part of “Geya” called “Sumigi” or “No-sumigi” (2).
In the case of roof style of “Zensyu-yo”, the slant of the
ridge of “Sumigi” is very gentle, near to horizontal or
reverse wise, so that the higher risk of degradation can
be predicted.

Figure 16: Restoration of roof structure of Main Hall of
Higashi-honganji in Kyoto
Side view of roof structure, “Tuma-men”, of “Iri-moya”
roof style. Small attached annex called “Geya” is found
at lower level of “Tuma-men”. The area of the ridge
“Geya” shows higher risk of deterioration.

Figure 19: Attacks by beetles
The atmosphere inside the roof structure is normally dry,
however the activity of dry-wood attacking insects, such
as death-watch beetles and powder-post beetles can’t be
neglected. The attacks are found in the sapwood of pines
and hardwoods, such as Zelkova or chestnut wood.
Photo: old farmers house in Wakayama

Figure 17:Deacy and termite attack found in the ridge
part of “Geya” called “Sumigi” or “No-sumigi” (1).
The slant is “Sumigi” is more gentle in comparison with
the areas of higher levels, so that the rain water invades
and penetrates more easily down into the roof structure.
This causes the bio-degradation of roof members.

Figure20: Attacks by bees
Some kinds of bees attack also wood, making deep holes
forming nest. Photo: Traditional house in Kyoto.
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Figure 21: A Bee Xylocopa attaking wood

3 WOODEN SINGLE ROOF
Wooden single “Kokera” roof can be seen only on the
roofs of shrines or temples nowadays (Figures 22-24).
Singles of 3mm thick and 300mm long are set with a
offset of 30mm and fastened with roasted bamboo nails.
High techniques is required, however its life is of about
30 years. Japanese cedar, spruce, chestnut and horse
chestnut are used.

Figure 23:Cross section of a wooden single roof in
Kyoto (1)
Top layer of the wooden single roof is exposed directly
to the sunshine and rain, however, the deeper layers are
kept sound for a long period of time

In the wooden single roof, copper (Cu) plates are often
sheeted under the shakes to extend the life of the roof.
The copper plates are expected to be a source of Cu
elements when the shakes and plates are exposed to rain,
Cu which is used in many commercial wood
preservatives. Deterioration of the Japanese style shake
roofs of some buildings was observed and fungi in
decayed shakes were collected and identified.
.

Figure 24: States of wooden single roof in Tottori.
Upper: top layer of wooden single roof deteriorated by
sunshine and rain. Lower: sometimes deterioration in
the deeper layers foregoes to the one on the top surface.
It is influenced by many factors, such as roofing method,
quality of singles, and so on.
Figure 22: Wooden single roof in Kyoto (1)

The concentration of Cu element left on the shakes was
analysed with X-ray fluorescence spectrometer, and
shear strength of the samples, which can be related to the
degree of decay, was also assessed (Figure 25).
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Figure 27: Cypress-bark roof in Kyoto (2)
End of the roof called “Nokidsuke” made of cypress
barks “Hiwada” is cut aslant. At the ridge of the end, tin
copper blade is inserted to avoid rain water penetration.

Figure 25:Measument of Cu concentration
Higher concentration (yellow-red) was found on the
singles near inserted copper plate.

4 CYPRESS-BARK SINGLE ROOF
Thin bark of Japanese Cypress (one of the major
softwood used for wooden construction) “Hiwada” has
been also used for roof covering materials of the roofs of
shrines and temples (Figures 26-29). The bark is waterrepellent and the thick layer of the bark shows high
durability. This roof style can be seen only on the roofs
of temples and shrines nowadays.

Figure 26: Cypress-bark roof in Kyoto (1)
The layer of cypress bark called “Hiwada” is of about
20-30cm in thickness. Each bark is laid over with a
offset of 12mm and is fastened with roasted short
bamboo nail. This is a photo taken in the renovation
work.

Figure 28: Cypress bark roof covered with moss in
Hiroshima (1)
After a long period, cypress bark roof is often covered
with moss. It is said, in accordance with the moss species,
the degradation of roof is sometimes accelerated, or on
the other hand decelerated.

Figure 29: Cypress bark roof covered with moss in
Hiroshima (2)
The cypress bark layer becomes wet, when it is covered
with this types of moss, however the deterioration is not
always severe.

WCTE 2016 e-book | 3324

On the other hand, roofs covered with glasses and straws
are also found for traditional farmer’s house or some
special buildings such as tea ceremony house (Figures
30-33)”Kusa-buki” or “Kaya-buki”. The life of these
roofs is also of 30 to 50 years. However, it has been
getting more difficult to maintain these roofs nowadays.

Figure 33: Inside of straw roof in Osaka
Due to the weight of the additional top roof of tiles, the
straw layer is deteriorated (decay) caused by the rain
water penetrated through the apertures.
Figure 30: A straw roof in Akita
Roofs covered with straws are often found in farmers
house, but it used to be a most popular roof finishing
especially in the countries.

5 CONCLUSIONS
Our research on the Japanese traditional roof structure
has clarified the features of the traditional materials nd
works. There are 4 types of roof covering systems in
traditional
wooden constructions. They show
characteristic features in the durability in accordance
with the combination of materials and roof structures.
The techniques of the roof construction play also
important role for durability. The elements of the roof
covering materials are mainly of natural resources and
they are used without any wood preservatives, however
their life is enough long. Very unique and high
techniques are found in the roof construction works.
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Figure 31: Inside of straw roof in Akita.
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Figure 32: A straw roof in old farmer’s house in Osaka
The top of the roof is covered with an another small roof
structure made of tiles.
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Selection of raw material for a demanding wooden façade and the quality
control of timber from harvesting to construction site
Emil Jansson1, Martti Venäläinen2, Erkki Verkasalo3, Anna-Mikaela Kaila4,
Lauri Rautkari5
ABSTRACT: This paper concludes findings from a project, in which the optimal quality for spruce and pine cladding
boards was to be defined in an impressive public building. It is based on a literature review of best available knowledge
to build large facades in demanding Finnish conditions. Factors such as growing site, growth rate, density, annual ring
width and sawing pattern were considered. Furthermore, the moisture regulation during transport and installation was
studied. The paper presents a schematic quality control process for achieving timber facades of highest quality.
KEYWORDS: façade, cladding, pine, spruce, growth, drying, quality

1 INTRODUCTION 123

2 PRESENT RESEARCH

Claddings are used in all types of buildings, and timber
has a long history in this application. Some claddings are
known to withstand 100 years of exposure with
reasonable amount of maintenance and decay, where as
some claddings have failed in ten years beyond the point
of repair. This paper approaches the issue by studying
timber cladding boards in wood material science point of
view and examines different variables which compose
the final observable quality. The delivery of the quality
from production to building is also studied.

The straining factors for façades are well studied and
documented. The effects of these strains, such as wind
driven rain, freezing and UV-radiation have been
investigated thoroughly. What is still not concisely
known is how the selection of timber against these
strains could be conducted, so that the timber itself
would imply a higher probability to withstand the
conditions. Furthermore, little knowledge is gathered on
how the risk of ruining such high quality product would
be minimized in the production and building process.

The driver for this study is one of the largest timber
cladding projects in Finland, the new Central Library of
Helsinki. The objective was set to define and produce the
best possible timber cladding with cost-effective
measures. Large interdisciplinary focus group was
gathered to investigate this task, and multiple research
projects were initiated. This paper concludes the result
from one of the research tasks during the project. The
review based study focuses to find the most recent
scientific knowledge regarding timber durability in
façade applications. It was discovered that not much has
been studied to find the optimal properties of cladding
boards. Further, little is known of the bigger picture:
how these properties are formed, and delivered to
cladding without risking the quality during the process?

Individual research of exterior exposed timber has been
conducted throughout the years to study effects of
coating, connection type, details and general above
ground exposure towards different straining factors.
These studies rarely define the timber selected for the
tests, rather than merely stating the timber species,
moisture content and density. This study takes a different
approach by studying the raw material selection and
factors observed behind the raw material properties. The
aim is to provide a new outlook on the matter by
combining the knowledge of earlier studies.
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The study investigates the following factors affecting the
properties of an individual cladding board:









Suitable Nordic tree species for timber cladding
boards
Growing site of trees and location of the stand
Age of trees
Growth rate of trees
Felling season of trees
Sawing pattern of logs
Drying of sawn timber
Quality control process of cladding boards from
production to construction site
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3 RAW MATERIAL SELECTION FOR
CLADDING BOARDS
3.1 TIMBER SPECIES
For large scale building projects, Scots pine (Pinus
sylvestris L.) and Norway spruce (Picea abies Karst.) are
the most viable options for cladding material in Nordic
countries. Heartwood of these species is considered
durable against loads from weather in outdoor use [1].
Detection of heartwood and sapwood in pine is of less
effort than in spruce. Pine heartwood is usually darker in
color after a short exposure to sunlight and it can be
distinguished by naked eye. Spruce heartwood is not
clearly distinguishable after drying.
Pine heartwood is fairly durable due to elevated
extractive levels thus giving it moderate weather and rot
resistance, while pine sapwood is susceptible to decay
[2]. Nordic cant sawing pattern results in boards with
both sapwood and heartwood. As a result, the whole
board will not be as durable as pure heartwood would be.
This is especially the problem with small log diameters.
Spruce in general, heartwood in particular, is ideal for
cladding purposes due to lower tendency of cracking
compared to pine, for example. Spruce wood does not
react to abrupt moisture changes of the environment as
quickly as pine sapwood because of the aspirated
bordered pits, which are able to seal the cell structure
permanently after drying. [3,4] Thus, due to its lower
permeability spruce sapwood is superior compared to
pine sapwood. Furthermore, the difference between
heartwood and dried sapwood is lower in spruce than in
the case of pine. [5,6]
Spruce heartwood is rarely separated in sawing
processes. However, Sandberg [7] suggested that effort
of sorting and separating spruce heartwood from
production would be worthwhile. Spruce heartwood is
able to sustain integrity in outdoor exposure longer
periods of time compared to spruce sapwood. After five
years of exposure, in boards made of spruce heartwood
the amount of cracks and checks was considerably lower
compared to sapwood counterparts. Most importantly,
the results were not dependent on surface treatment.
Even after only two years of exposure, the number of
defects in sapwood was five times higher with three-fold
severity (length) in comparison to heartwood pieces.
Studies showed that the differences in moisture content
between spruce and pine are significant [8,9]. It is
evident that heartwood from pine never reaches a higher
than 30% moisture content except in a permanent contact
to free water. Similar finding is true with spruce
heartwood; however, pine heartwood is usually slightly
drier in similar conditions [10]. When comparing
sapwood from both species, it was found that pine
sapwood had usually higher moisture content than
spruce sapwood in similar conditions.
There are significant differences in the physical and
chemical characteristics of knots between pine and
spruce. Pine knots are often larger, and they always
occur in regular whorls. Their resin content is high, and

in a long term use the resins bleed through the coating
layers. Spruce knots are smaller and there are always
small adventive knots between the whorls. Sound spruce
knots are not problematic in coatings, but timber with
loose dead knots should be avoided in claddings.
3.2 IMPACT OF GROWING SITE, AND STAND
AND TREE AGE
Careful builders often ask how much attention should be
paid on the geographic origin, soil of the growing site or
silvicultural management of the stand where the timber
derives from. As far as the certificates prove the timber
to be harvested from areas of sustainable forestry the
questions above are of minor importance. As far as those
factors have an effect on the growth rate it can be seen
readily in the width of annual rings (see Chapter 3.4).
The low density is revealed by low late wood proportion,
and possible defects are also visible in the sawn timber.
Several reasons support to use butt logs harvested from
final cuttings as raw material for top quality construction
timber. In Nordic countries, the final cutting of softwood
stands takes place at the age of 60-70 years or later. The
older the tree, the larger the diameter is the general rule
in the nature, accordingly, older trees provide more
favourable log dimensions for sawing. At the same time,
the bigger circumference makes the outer annual rings
narrower also in such trees that are growing “too fast” at
juvenile age. Furthermore, the outer layers of old butt
logs are free of knots. In the middle of each tree stem,
around the pith, there is the core of juvenile wood. In the
Nordic softwoods juvenile wood consists usually of 1015 annual rings that have poorer properties for
construction timber. Besides in pine, the heartwood that
has transformed from juvenile wood has worse decay
resistance than the heartwood deriving from mature
wood. When sawing old large logs it is easier to discard
the harmful juvenile wood. Old trees sometimes suffer
from butt rot but such logs are rejected in a visual or
technical sorting before sawing procedure.
The amount of knots in trunk is well presented by
Pyörälä [11]. The analysed results (Figure 1) on mixed
age spruce trees reveal that after 60 years of growth, the
tree material contains significantly less and smaller knots
compared to younger tree material.
Logs from early thinnings are not suitable for
constructions timber because of the large portion of
juvenile wood and the small portion of heartwood. Top
logs of old trees are not suitable because of the numerous
and large sound or dead knots. Stems broken by wind are
unwanted at sawmills because such timber may crack
during the sawing or drying making the yield low.
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summer harvested logs for construction timber is similar
to that of in winter harvested logs. [4]
3.4 GROWTH RATE AND TIMBER STRENGTH
AND DISTORTION
Generally, it is often thought that slowly-growing trees
in harsh growing conditions would produce higher
quality wood tissue per se. It seems that this assumption
is somewhat flawed, since studies implicate that once the
width of a growth ring is eliminated from examination,
the wood tissue in itself shows no remarkable differences
regardless of the growth ring width. For example, if the
effect of narrow year growth and age is omitted the
density and strength of wood tissue is highest in spruces
and pines which have grown in the southern half of
Finland [16,17].
Figure 1. The number and size of knots in wood material of
different age in a spruce tree [11].

3.3 IMPACT OF HARVESTING SEASON
Historically in the Nordic countries, winter was the
season for timber harvesting because at that time men
and horses were free from agricultural tasks and frozen
ground enabled haulage and road transportation.
Nowadays, professional harvesting occurs throughout
the year and no sorting of logs is carried out according to
the season. However, in summer time there is a high risk
of attack by wood boring insects and blue-stain fungi.
Therefore, the effects of tree felling period on timber
durability have become an issue of debate. In scientific
literature there are remarks of small or negligible effects
of felling time, whereas some studies indicate eventual
effects on the biological durability of the timber.
Anyway, studies show consistently, contrary to popular
belief, that the moisture content of softwoods directly
after felling is higher in wintertime than during the
growing season. [e.g. 12]
In pine, it was found that the amount of low molecular
weight sugars, sugar alcohols and nitrous compounds
was higher (1.59x) in trees felled during winter
compared to those felled in spring season [13]. In
practice, the effect was observed in the results on drying
timber, when nutrient condensation was more intense in
timber sawed from winter logs. This in turn promoted
fungal growth and other biological decay processes.
Mold risk was higher compared to spring counterparts.
Also the risk of color defects was increased in winterfelled timber, although the effect was minimal.
Wazny and Krajewski [14] had contradicting results,
stating that in their experiment the durability of pine was
greater in trees felled during winter months. Boutelje and
Nilsson [15] did not find a clear distinction between
spring or winter trees, either with pine or spruce.
Elowson et al. [9] stated that felling season did not affect
the moisture behavior of dried timber material.
Regardless of these results, it has been shown that if
these risks are handled properly during the
transportation, storing and production, the quality of

Individual year rings in a tree have two types of wood:
fast growing, low density earlywood and slow growing,
high density latewood. Thus the proportions of these two
types of wood highly dictate the properties of the timber
produced from the tree. The speed of tree growth is
linked to timber properties so that the faster the tree
growth, the higher is the proportion of earlywood in the
tree [16,18]
Fast diameter growth of a tree is often associated with
vigorous growth of branches. Thick knots in sawn timber
spoil the strength rather than the broad annual ring as
such, because a thick knot disturbs grain direction in the
wood in the vicinity of the knot. Year growth width and
the size of knots in spruce are compared in Figure 2 [11],
clearly motivating to avoid extremely wide annual
growth in timber for façade purposes.
Utmost slow growth, i.e., annual ring width being less
than about 1 mm is neither desirable. Beyond such
growth rate no more gain in strength can be achieved and
on the other hand the amount and severity of cracking
during timber drying is getting worse [19]. The effects of
density in timber are well studied. It is clear that higher
density wood is stronger, stiffer and harder [e.g. 20].
Indirectly, density can affect weathering and rot
resistance, but the effect has been claimed small. [4,16]
Annual ring width and density have effects on warping
and distortion tendency of timber, which was shown in
numerous studies [21,22,23]. They underlined the
importance of removing the juvenile wood from timber
pieces. Also, many of the warping defects recorded were
explained with increased knottiness and grain direction
distortions in timber pieces with wide year growths.
Saranpää & Verkasalo [19] studied the effect of narrow
year growths in the outer parts of the trunk. The results
showed that slow growing spruce sapwood suffered from
more severe warping than fast growing counterparts.
The effect of annual ring width to the moisture affinity
was studied with pine by Rydell et al. [24] and with
spruce in Bergström et al. [25]. In both studies, the
annual ring width had no effect to the moisture
absorption of the samples.
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limiting value of 60° was derived from the assumption
that an increase of 10% in moisture movement is
allowed compared to a timber piece with a perfect radial
grain angle (90°). The grain angle has to meet the
requirement in both ends of the piece. The measurement
technique needs to be agreed together with the producer
of sawn timber.
Sandberg [28] proposed a simplified method for
measuring the grain angle from timber pieces. In this
method, the first annual ring from the pith side of the
piece which reaches from the other face of the timber to
the other face designates a line. Then the angle of this
line against the face of the timber indicates the grain
angle of the piece. The measuring technique is explained
in Figure 3.

Figure 2. The relationships of annual ring width and knot size and
number in a spruce tree [11]

Interestingly, although the growing site has effect in the
growth ring width, many studies indicate that the growth
location would not have any significant impact to the
moisture behaviour of the timber [8,9,24,26,27]. In a
study, spruce samples collected from northern Sweden
had a higher moisture content those from southern or
middle parts of Sweden [25].

4 PRODUCTION AND PROPERTIES OF
CLADDING BOARDS
4.1 SAWING PATTERN OF THE TIMBER
Regardless of sawing method, the sawing pattern for
cladding boards should be designed to discard the low
quality juvenile, i.e., 10-15 innermost growth rings of the
log. This wood should not be present in boards for
demanding applications.
Typically, in Nordic sawing industry, boards are
manufactured using the double cut method, where a
block is formed by either chipping or sawing, and then
rip-sawed to boards. This gives an optimal yield from a
log, which is beneficial especially with small diameter
logs commonly sawn in the mills. The sawing method
results in timber pieces with a tangential annual ring
orientation in the longer side of the cross-section. These
boards have a high tendency to bend and warp in drying
and in situ use since moisture movements are most
severe in tangential direction [e.g. 16].
An alternative approach is to saw logs using radial
cutting aiming to “standing rings” in boards. There are a
number of techniques and patterns to manufacture radial
sawn timber, the results on timber quality being
dependent of the log size and sawing machinery. The
industry defines radially sawn timber pieces quite
vaguely, so that timber pieces with cross-sectional grain
angle of 45-90° are defined as radially sawn. In the
façade development project of the new Central Library
in Helsinki, this definition was found to be too loose,
hence, the acceptable value of grain angle was redefined
to 60-90°, according to the study of Sandberg [28]. The

Figure 3. Simplified method for determination of grain angle in
timber piece. The first annual ring which reaches from face to
another signifies a line. The angle of the line is the grain angle of
the board. 60-90 degrees is defined as radial cut.

4.2 CHECKING AND WARPING TENDENCY OF
RADIALLY SAWN TIMBER
Typically, cladding boards are sawn with tangential cuts
from logs. In radially sawn timber, warping and
distortion of timber pieces can be largely prevented.
However, little information is available on how radially
sawn timber performs in terms of long-term durability.
The effect of exposing radial surfaces to the loads from
environment seems to be a topic which is less studied.
In radial sawing of logs, the resulting timber pieces will
be more stable and straight during their service life.
Furthermore, durability is promoted by the decreasing
checking tendency. Sandberg & Söderström [5]
performed an extensive outdoor test series for
impregnated timber pieces over 61 months, the
impregnation being done only to exclude biological
decay mechanisms. The results showed that the cracks in
a given area of spruce boards were 1.7 to 2.2 times
longer in tangentially sawn pieces than in radially sawn
pieces. Similarly on pine, the cracks were 2.2 to 2.6
times longer in tangential pieces. Also the depth of
cracks was smaller in radially sawn timber. No
difference was found in the discoloration of timber.
Finnish Forest Research Institute Metla (now LUKE)
carried out a cyclic climate chamber test in which the
surface checking of radially and tangentially sawn
specimens of pine and spruce wood was studied
quantitatively [29]. The results (Figure 6) strongly
suggested that the sawing direction determines the
checking performance of both pine and spruce wood.
The radial surface of pine specimens had 62 % less
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checks than the tangential one, and the cumulative area
of checks was 74 % smaller. The radial surface of spruce
specimens had 83 % less checks in number and 91 %
less checks in area. Differently from pine, in spruce
specimens the size of checks was significantly smaller
on radial surface. Thus, spruce timber gained clearly
more from radial sawing pattern than pine. The effect of
annual ring width was similar for pine and spruce: the
reduction in annual growth makes the checking worse.
Increase in density made the checking worse in spruce,
but did not change the checking performance of pine.
There are no studies available on how the year ring
width and connector induced cracking relate to each
other in radially sawn spruce or pine. With chestnut
material, the cracking tendency was found to be lower
with wider year growths in the cracking mode RT (see
Figure 4 and Figure 5) [30]. This could be due to an
increased elasticity in the wood tissue. The validity of
this result for coniferous species is unknown.

Figure 4. Cracking mode RT in connector caused splitting. [31]
Figure 6. Checking performance of radially (R) and tangentially (T)
sawn Scots pine and Norway spruce wood: number, total area
(mm2), length sum (mm), width sum (mm) and mean area (mm2) of
checks. The bars represent means counted cumulatively for 15 cm2
/sample (nT+nR for pine = 82+84, nT+nR for spruce = 31+31),
error bars represent 95% confidence interval. [29]

Figure 5. The relationship between annual ring width and cracking
resistance in mode RT in the wood of chestnut. Wider annual rings
result in higher cracking resistance [30

The sawing direction and moisture behavior of timber
have been studied, but the results are somewhat
contradicting. According to Schulz et al. [26] the
direction of cut has no effect in moisture content in wood
moisture content. Nussbaum [33] tested the moisture
affinity of both tangential and radial surface in spruce
and pine, and concluded that absorption of water was
lower in radial surface with both species. Teichegräber
[32] stated that specimens with a tangential year ring
orientation would have higher moisture affinity.
Sandberg [28] showed many benefits from radial sawing,
such as lower moisture movements, lower cracking
tendency and better wear resistance. Blom & Bergström
[27] indicated that the major disadvantages of radially
sawn timber are the poor availability in the market and
the low yield in the production process.
4.3 DRYING OF THE SAWN TIMBER
The effects of drying temperatures on the durability of
sawn timber are somewhat unclear. Boutelje [34] and
Rydell [35] concluded that the drying procedure does not
significantly alter the durability of timber. In the study of
Boutelje [34], air drying and kiln drying did not show
any difference in the distribution of nitrous compounds
in sawn pieces of pine or spruce.

Nitrous compounds are important factors for the
mycocelial filament growth in wood tissue. On the other
hand, Terziev [36] found that quickly kiln dried timber is
susceptible to fungal caused discoloration. According to
Selhlstedt-Persson et al. [37], mold growth was more
severe in sawn pieces which were kiln dried at 110°C or
air dried at 25°C. They also showed that migration of
nutrients to the surface can be mitigated by stacking the
boards their sapwood surfaces directly facing each other.
4.4 SURFACE FINISHES AND PROTECTIVE
TREATMENTS
Timber preservation methods increase the durability of
timber in demanding applications. Preservation is
relevant, if the moisture content of the timber cannot be
kept under 20%. Typically, the need for preservation
methods should be minimal in well-designed facades.
Coating is of utmost importance when maximum
weathering resistance is desired. By sealing the wood
surface and ends with suitable surface coating the board
can withstand longer periods of exterior exposure. [9]
End sealing is very important, since if the boards are left
untreated, their service life will be less, although the
boards would be coated otherwise [9,24]. Proper endsealing requires rigorous quality control and service
procedures. The importance of end sealing is underlined
in many studies [8,9,38-40 ].
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5 PRODUCTION AND QUALITY
CONTROL OF CLADDING BOARDS
This chapter is not based directly on literature, but
contains notions and common knowledge of supply
chain management in timber building processes.
5.1 QUALITY CONTROL PROCESS OVERVIEW
During the project of designing the façade for the
Central Library of Helsinki, it was recognized that a
quality control process for producing timber façades
needs to be developed. This should be based on
supervision of a set variables and parameters during the
production chain. These parameters are controlled with
ready-made forms, which are logged and submitted
along with each transported batch throughout the
production chain.
The process is illustrated in Figure 7. The process uses a
pre-made quality control form containing all control
variables in each of the phases. The forms are submitted
electronically, physically or by both means to the next
phase. The form is to be filled by the person or instance
responsible for each phase. Their role changes from
inspector to supervisor. The inspector receives and
controls the delivered parcels before the work begins
with the material, whereas the supervisor will take the
responsibility that the production progresses according to
the pre-determined specifications. In other words, the
inspector inspects the quality claimed by the supervisor
from the earlier phase. Quality discrepancies and
anomalies should be managed primarily through the
supervisor of the earlier production phase. In this case,
the responsibility of determining the mending procedures
and method of executing them is on the supervisor.

especially for radially sawn cladding boards
manufactured either by direct sawing, or added with
gluing. Similar specifications have been in use in timber
industry for cladding boards manufactured with
traditional tangential sawing. An example of these
parameters is presented in Table 1.
The production of primary sawn timber sets the basis of
the quality for the next phases of timber façade
production. In the durability point-of-view, the surface
coating on the cladding boards should be consistent and
thick. By regulating the production phases, errors and
defects in the final façade can be minimized by
restraining the quality deviations in early phase of
production. Most importantly, care should be taken that
the quality which is a result from an earlier phase is not
ruined in subsequent phases. This is done by eliminating
circumstances which promote malign processes in wood,
such as mould or mildew, rot or other decay. These can
be prevented by correct handling and storage conditions.
Critical stage for the formation of technical quality of
cladding boards is drying of timber, because it dictates
the success rate and quality in coating of the boards.
Timber surface should stay dry in each phase. Generally,
surface coatings require timber moisture content in the
range of 15-18%. Also, problems can arise, if the timber
is too dry for coating depending on the substance used.
The moisture content of regular sawn timber for
construction purposes is between 14-24%. Generally, in
Nordic conditions, it is recommended to install the
cladding boards at the moisture content of about 18%.
This prevents the possibility of large deformations
caused by excessive drying or wetting of boards.

5.2 PARAMETERS OF QUALITY CONTROL

Coating on construction site should be avoided since
successful control of quality is difficult in changing
environmental circumstances. In industrial surface
coating and painting, the production conditions and
methods should be carefully followed according to the
paint manufacturer‟s instructions.

The quality control is based on separate quality
definitions. These definitions can be based on
legislation, industry specifications, best known practices
or specific requirements from the client. During the
design process of the Central Library of Helsinki, a focus
group was gathered to develop quality specifications

The benefit of pre-coated cladding boards is that they are
delivered on-site in carefully wrapped packages. The
package should contain information of the timber
material, paint and its application method, coating
system, date of coating and the responsible person. This
document should be filed among the quality control

All inspection and supervision documents should be
filed by respective person or instance, and the documents
should be gathered to form coherent quality control
documentation for the project.

Figure 7. A schematic overview of the quality control process for manufacturing a timber façade.
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documents of the construction site. Usually a service
manual for the coated cladding board is supplied
together with the package.
5.3 MOISTURE MANAGEMENT PLAN AND
DRY CHAIN
Construction project should have a moisture
management plan which contains the methods and
procedures to prevent the unnecessary wetting of
construction materials. The realization of the plan
requires diligence in all stages of the supply chain.
The excess moisture built-up in to construction materials
is called structural moisture. The presence of structural
moisture is especially severe in wooden products
because if the moisture content of wood is high during
construction, the material will dry irregularly and warp
during use. This makes moisture management
particularly important with wooden components.
Moisture exposure is mostly caused by lack of protection
during storage on the construction site.
Control of moisture in supply chain can be described as
dry chain, which resembles the term „cold chain‟,
common in food product supply chains. Dry chain
begins in the factory which gathers the raw materials and
processes them to a product which is transported to the
construction site. For the dry chain to be successful, the
products have to be protected and packed carefully, so
that the moisture content of timber will not be
jeopardized during storage or transport. The packaging
material used in the factory lowers the need of protection
on the construction site and the client or contractor can
require special measures of protection from the supplier.

5.4 MOISTURE MANAGEMENT PROCEDURES
IN TRANSPORT AND CONSTRUCTION SITE
To prevent moisture build-up during construction phase,
careful planning of construction site operations should
be conducted. Basically this means that there are enough
resources on the construction site to provide thorough
weather protection to the products. These resources are
planned storage sites and structures, such as tents and
storages, and protection materials, such as tarpaulins and
protective sheets. Moisture prevention often requires
weather protection of the work site or the entire building
for critical construction phases. Weather protection is a
circumstance control method to prevent environmental
moisture exposure to the building. Other moisture risks
and exposures are known risk structures, carelessness,
lacking construction procedures and negligence in
building maintenance.
It is common for producers to wrap and protect their
wood-based goods automatically for transport to
minimize reclamations. However, this does not remove
the necessity of delivery inspection on construction site.
Foremost, the integrity of the factory wrapping should be
ensured immediately upon reception of the shipment. For
risk management purposes, additional protection of
shipments should be applied, so that the factory
wrapping is not the sole protection against moisture and
weather on-site. This can be done by covering the
packages with additional covers or by placing them in to
weather protected storage.
The space requirements of on-site storages should be
noted during the planning of a construction site.
Furthermore, the soil should be suitable for storage.
Sensitive products, such as wood, require dry soil for
storage. Grassy areas are poor choices, because of

Table 1. An example of quality controlled parameters in façade manufacturing process.
Phase

Control document

Timber production

1.0 “Production quality
control (QC)”

Timber procurement

2.0 “QC of procurement”

Coating / preservation

3.0 “Coating QC”

Inspector

Supervisor

Control parameters

Manufacturer

Drying, sorting, moisture control, packing and storing

Recipient

Surface finisher

Assembler /
Installer
Assembly of façade (on-site
or element)

4.0 “Manufacturing QC”
Assembler /
Installer
Element
installer

Installation of element

5.0 “Installation QC”

Acceptance inspection

Independent QC of the
client

Element
installer
Client

Packaging and storing, handling defects, timber
species, quality class, drying result, moisture control,
gluing, annual ring width and angle, profile, finger
joints, dimensions, knots, cracks and checks,
deformations
Coating/preservation procedure, color and tone, fire
retardant application, thickness and penetration of
coating, chemical compatibility, coating of cut
surfaces, stabilization, moisture control, packing and
storing
Packaging and storing, handling defects, moisture
control, coating/preservation, color and tone, fire
retardant, chemical compatibility, coating of end
surfaces, stabilization
Type of connectors, fastening, edge and fastener
distances, fastener induced cracks, fastener groups and
rows, mounting, board extensions, accessories,
tolerances, lifting hooks and spots, moisture control,
packing and storing
Packaging and storing, handling defects, moisture
control, correspondence to design documents
Type of connectors, fastening, edge and fastener
distances, fastener groups and rows, mounting, seams,
footing height, accessories, tolerances, color and tone,
installation defects
Installation, coating, defects
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capillary rise of moisture through the layer of vegetation.
If the products are stored above soil, they must be
separated from direct ground contact. Also air circulation
beneath the products should be ensured to prevent
moisture build-up. To be safe, height of the ground sills
should be as high as 300mm to prevent water splashes
from ground. Also the straightness of the storage
foundation should be checked to avoid bending and
warping of the wooden products.
If the product has been removed from its original
packaging, the new cover should be set-up so that air
circulation inside the cover is sufficient to prevent
condensation. Furthermore, battens can be inserted
between the products to further aid the air circulation. In
this case, care must be taken not to damage the boards
during handling.
Shipments are usually protected with PVC-sheets which
are laid upon the packets. The problem with the separate
sheets is that they are easily damaged and placing them
back after use is neglected. Therefore, a responsible
person should be nominated on-site to check and
supervise proper weather protection procedures. Also
pooling of water on the cover sheets should be avoided
by regular checking.
For a better risk management, weatherproof temporary
storages should be favoured on-site. Lightweight steel or
aluminum framed weather protection shelters are easy to
assemble and disassemble and they provide easy access
to the stored materials.
Compared to traditional cladding boards or other timber
materials, wooden elements have special requirements
during on-site storage. Wooden elements are
increasingly common on work sites, but their large size
and difficult maneuverability create challenges for
weather protection. In this case, the role of factoryplaced protection is emphasized, and often they are
designed so that they can be removed during installation
or partially even after installation. Storage time should
be kept short for all timber products, but with elements
this is crucial since they take so much space on site. This
requires a rigorous shipment and production schedule for
the supply chain.

6 CONCLUSIONS AND SUMMARY
Ultimately, the development of quality and properties
can be estimated using objective measurements from
timber. This indicates that factors such as silvicultural
management, geographic location and other growth
circumstances have only an indirect impact on the timber
quality. It is defined by aspects such as annual ring
width, latewood percentage, density, strength and
technical defects such as knottiness, grain angle and
reaction wood. It can be argued whether it is beneficial
to derive direct causalities between wood properties and
growth factors, since the efficiency of selection is better,
if the quality control is subjected directly on the logs or
sawn timber during production, rather than investing
effort on indirect quality management. There is a
possibility, that random factors have effects on microand cell-level structures in wood tissue, and that optimal

growth factors would produce better than an average
resistance against weathering and rot. At least by now,
studies do not support this claim.
From the tree species in Finland, it was concluded that
only pine (Pinus sylvestris L.) and spruce (Picea abies
Karst.) have the realistic commercial availability and
properties for large scale building projects.
The relatively good durability of pine heartwood has
been proven in many studies. However, pine sapwood
differs greatly from it in terms of durability and timber
pieces containing only heartwood are difficult to
produce. Pine sapwood should not be used in timber
claddings without a decent surface coating.
Spruce heartwood and sapwood are quite similar in the
critical properties for cladding. Spruce heartwood has
greater dimensional stability than sapwood, but the
difference in durability and permeability is on par.
The question of timber felling season is fluctuating in
discussion from time to time. However, based on the few
studies, it is not an important factor if the whole sawn
timber production process is carefully managed. To
minimize the loss of quality, regardless of the felling
season, the storage time of logs should be kept short and
their storage conditions should be controlled. The
storage conditions are known to either promote or
prevent staining of timber before sawing. This
phenomenon is a particular problem when trees are
felled during summer, when the conditions are
favourable for microbial and fungal activity.
The effort of timing the felling for specific purpose
seems to provide limited benefits, since no distinctive
differences can be seen in the wood tissue itself between
felling seasons. Only the moisture and nutrient contents
vary, so that in winter time the nutrients (water, sugars
and nitrogen compounds) are highest. This in turn can be
compensated with careful quality checking and proper
drying procedures.
Studies which concentrate solely on drying of cladding
boards are scarce, thus reliable conclusions cannot be
drawn on optimal drying methods. Albeit some studies
indicate, that very high temperature (+100°C) and quick
drying, as well as low temperature (25°C) and slow
drying cannot be recommended for cladding boards.
It is known that most of the measurable properties of
cladding timber correlate with density. Growth ring
width is connected to density, which then links growth
speed and tree age. Wood density has a complex
relationship with durability. Some studies imply that
high-density wood would not be optimal for demanding
environmental circumstances. It seems that beyond a
given level of density and below a given growth ring
width the cracking tendency of a timber piece increases.
The relationships between growth ring width, density
and durability result in trade-offs between strength,
hardness,
knottiness,
cracking
tendency
and
warping/distortion amplitude. Wide annual rings seem to
incorporate a certain type of elasticity to the timber
material, which then benefits cladding boards with less
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warping and cracking. However, extreme annual ring
widths are always in junction width increasing amount
and size of knots. This in turn increases discontinuity
and distortion in the material. Narrow annual rings
increase hardness and strength of the material, but also
the tendency of timber to crack and contort in use.
Juvenile wood is to be avoided. The optimal ring width
could be 1.5 to 5 mm, because the wider the rings the
bigger the knots are. If the rings are extremely narrow,
the timber will be prone to warp and check.
What was found most important for the quality
formation of cladding boards is the choice of sawing
method. Producing radially sawn boards, warping and
checking behaviour of timber was lowered significantly
in a number of studies. In conclusion, with pine,
cracking can be diminished by favouring heartwood in
sawing and producing radial cuts from the log. With
spruce the cracking is reduced by avoiding extremely
narrow ring width and sawing the logs radially.
The quality control process for cladding board
production chain is shown in Figure 7 and Table 1. The
process resembles double-entry book-keeping by
dividing the control procedures to two tasks: selfsupervision and delivery inspection. The delivery
inspection ensures that the self-supervision of each
earlier phase will be conducted appropriately through
inspection in the subsequent phase, and the quality has
not changed during transportation. By signing the quality
control form the production supervisor guarantees that
the product has been produced according to the
specifications and that the product has met these
requirements at the moment of packing. In the next
stage, the delivery inspector checks if the product is still
valid at the moment of delivery. It is important that the
self-supervision of the producer is checked just before
the parcel is packed for transport, so that unnecessary
transportation of inadequate products is minimized.
The success of the „dry chain‟ in building material
supply requires careful planning and devotion from all of
the contracting parties. The dry chain is thought to begin
from the factory, which collects and produces the final
product which is then shipped to the construction site.
The product can be a ready façade-element or
components for on-site production of façade.
The products must be protected in transport and storage,
and the conditions must be carefully managed. On-site
storage times should be minimized with careful supply
chain management. On-site storage sites should be
planned in early stage of planning, so that the storage
area is accessible and large enough for the site
operations. On above-ground storage, ground sills high
enough are to be used, and temporary storage tents and
warehouses should be prioritized. Furthermore, shared
and nominated responsibilities should be clear in on-site
operations, so that the dry chain is not compromised by
negligence. For a successful timber cladding to be
realized, on-site operations such as temporary storage
and installation procedures are the biggest risk of costly
failure, which needs to be recognized with appropriate
diligence.
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AIRTIGHTNESS AND AIR LEAKAGE CAUSES OF WOODEN HOUSES IN
KOREA
Sejong Kim1, Yoon-Seong Chang2, Joo-Saeng Park3
ABSTRACT: The airtightness of building must be measured for the evaluation of building energy performance. To
make up the reference airtightness value of wooden houses built in Korea, blower door test was carried out in the 36
houses. And, during the test, the causes of air leakage were inspected simultaneously. The result showed that the
average of ACH50((air change per hour at air pressure difference 50Pa) measured from light timber frame houses was
3.5 h-1 and the post-beam construction was 5.1h-1. And, insulation with form of foams was advantageous in ensuring
building airtightness than glass fiber batt. And, values below 1.5 h-1 of ACH50, threshold for application of artificial air
change equipment, had appeared after 2010s. Also, the values varied according to who managed the building
construction field. Although only one measurement of CLT(cross laminated timber) residential building could be
obtained in 2016, the result showed good airtightness of building with 0.7 h-1.
KEYWORDS: Airtightness, Wooden house, Air leakage, Building energy, Blower door

1 INTRODUCTION 123
Global warming and increasing energy cost have brought
the demand of high efficiency in building energy use.
For energy efficiency in building, heat loss through the
building envelope must be reduced. The heat loss
through a building envelope can be divided into thermal
transmittance that passes building envelope and heat loss
from air leakage through cracks, gaps, or holes of
building envelops. That is represented by thermal
transmittance and this is done by airtightness of building
envelope.
After a couple of the oil shocks in 1970s, the amount of
thermal insulation use in building envelope had
increased to improve thermal performance of buildings
with low thermal transmittance in the building envelopes.
But, it is difficult to satisfy the needs of recent
residential consumers for low energy house with only
improvement of thermal transmittance of building
envelopes. For that, not only thermal transmittance but
also airtightness of building envelope must be improved.
Normalized energy demands of a building can be
obtained based on the thermal transmittance and
airtightness of building envelopes through the evaluation
process of building energy performance. The thermal
transmittance is calculated from the information of
building envelopes in the drawings. But, the airtightness
of a building must be measured in situ after construction
completion, because it is influenced by construction
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accuracy and technical expertise. Consequently, the
statistics of building airtightness has been established in
northern America or northern Europe where the study on
low energy house had started early for the building
energy analysis. Fortunately, building airtightness has
been measured in Korea. However, there were rarely
measurements for the airtightness of wooden house,
because the annual building permits of wooden house in
Korea were only 2,000 or more from the 1990s to the
mid-2000s (Figure 1). Therefore, there is no available
reference value about airtightness of wooden house built
in Korea for building energy analysis.
Recently, the Korean government emphasized energy
efficiency in existing buildings which occupied more
than 90% in total buildings in Korea. By the way,
existing wooden houses built in Korea had very poor
energy performance because of many defects derived
from construction and management without sufficient
experts and regional considerations. So, the National
Institute of Forest Science (NIFoS) of Korea have
investigated the current building energy performance of
existing wooden houses in Korea a few years ago for the
estimation of energy saving potentials with focusing on
the poor building airtightness and its causes.
In this study, we tried to evaluate the airtightness of
wooden houses in Korea for input value of building
energy analysis and to find out the air leakage causes.
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Figure 1: Annual permits of wooden buildings in Korea

Figure 4: Post and beam constructions

2 MATERIALS AND METHODS
2.1 TESTED HOUSES
We carried out blower door test 36 wooden houses in 11
cities since 2011. Six of those were post and beam
construction including Han-ok (Figure 2), Korean
traditional wooden house. And, other one of those was
CLT construction with two storeys (Figure 3). The
others were light timber frame houses (Figure 4).

Figure 5: Light timber frame houses

Figure 6 shows the locations of tested houses. The
number in the black circle means the number of tested
houses in that location. Korea is located in mix climate
zone with four distinct seasons. So, the all houses were
in same climate zone.

Figure 2: Korean traditional wooden houses, Han-ok

Figure 6: Location of tested wooden houses
Figure 3: CLT residential house
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Table 1: Specifications of tested houses concerned with air tightness

Completion
year

Construction
type

Insulation
material

2006
2008
2010
2011
2011
2012
2013
2013
2013
2013
2014
2015
2015
2015
2016
2016
2016
2016

post and beam
post and beam
post and beam
light timber frame
light timber frame
light timber frame
light timber frame
post and beam
Han-ok
light timber frame
light timber frame
post and beam
light timber frame
light timber frame
light timber frame
CLT
light timber frame
light timber frame

fiber glass batt
fiber glass batt
fiber glass batt
fiber glass batt
fiber glass batt
polyurethane foam
fiber glass batt
polyurethane foam
polyurethane foam
fiber glass batt
fiber glass batt
polyurethane foam
fiber glass batt
fiber glass batt
fiber glass batt
fiber glass batt
fiber glass batt
fiber glass batt

Table 1 shows the specifications of tested houses
concerned with building airtightness. The oldest house
was constructed in 2006 and the newest one was done in
2016. The four kinds of construction type were a) post
and beam, b) light timber frame, c) CLT and d) Han-ok.
Two kinds of insulation materials were fiber glass batt
and polyurethane foam. The insulation with foam type is
well known as favourable one for building airtightness in
Korea. In some houses, air barrier was applied for better
building airtightness. Total number of site managers was
seven including two unknowns.
2.2 BLOWER DOOR TEST

Air barrier

applied

applied

applied

Site
manager
C
unknown
C
A
A
B
A
C
E
unknown
C
B
C
C
A
B
D
D

Quantity
1
1
1
3
5
1
11
1
1
1
2
1
1
2
1
1
1
1
36

can be used. The blower door test using building
pressure difference is more widely used than the other
because of convenience of measurement in the field on
building construction. So, in this research, the blower
door test was used for the evaluation of building
airtightness. The detailed process is announced in ASTM
E779-87 and ISO 9971. To compare of stability
insulation, the test mode was both of pressurization and
depressurization (Figure 7). Minneapolis Blower Door
was used to obtain the building airtightness. All indoor
openings were open to estimate the airtightness of entire
building envelope. In case of uncompleted site, some
ducts were sealed with wide sticky sealing tape.
The fan makes airflow (CFM50) needed to create a
change in building pressure of 50pascals between
outdoor and indoor air. The air change per hour at
50pascals building pressure difference (ACH50),
common normalized criteria for building airtightness, is
obtained by dividing the CFM50 by the inner volume of
the building.
Actual air change at natural pressure condition is too
small and variable to make a specific value. So, it is
calculated by regressive method, which use some
measured airflow values at much higher building
pressure differences and building leakage curve as below.

Q = C × P n

(1)

Figure 7: Depressurization (left) and pressurization (right)
mode in blower door test

where: Q= air flow, C= flow coefficient, ΔP= pressure
difference, n= exponent.

In order to determine the rate of air infiltration through a
building envelope, the tracer gas or blower door testing

Canadian general standard board (CGSB 149.10-M86),
EN13829 and ASTM E779-10, common standards to
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determine building airtightness, can be distinguished by
the range of pressure differences and the number of data
points. In this study, CGSB, with 8 data points at
relatively lower pressure differences than the other, was
used, because most of the tested houses were small
detached ones.
2.3 ISNPECTION OF AIR LEAKAGE
In order to search the defects which made the building
airtightness poor, infrared camera and vane anemometer
were used. The infrared camera was advantageous to
seek heat loss spot rapidly. And, the vane anemometer
was used to confirm whether the heat loss was induced
from air leakage or not.

3.2 EFFECT OF INSULATION ON
AIRTIGHNESS
Glass fiber batt has been used as common insulation
material in most of wooden houses built in Korea. But,
recently the use of foam type insulations like
polyurethane is increasing because of not only
construction convenience but also advantage of building
airtightness. Among the 36 tested houses, 32 houses used
fiber glass batt and the other did polyurethane foam as
insulation. As shown figure 10, foam-type insulation
appeared to be more favourable to get building
airtightness than batt-type one. But

Figure 8: Infrared camera(left) and vane anemometer(right)

3 RESULTS AND DISCUSSIONS
3.1 AIRTIGHTNESS OF TESTED HOUSES
The all measured building airtightness values of tested
houses are shown in figure 9 for building airtightness. As
shown, building airtightness had improved gradually.
And, recently the values below 1.5 h-1 of ACH50,
threshold for application of artificial air change
equipment, had appeared after 2010s. In Korea, thermal
transmittance of building envelopes is restricted in
building codes. And, the Korean government have
strengthened the regulations for thermal transmittance
for the goal of zero energy homes in 2025. So, it was
thought that wooden houses with high thermal
performance would be increasing in Korea. Although,
only airtightness data of 36 houses are shown in this
study, we need to increase the number of the data and
keep monitoring the airtightness change of measured
houses for management of energy performance of the
building.

Figure 10: Comparison of building airtightness of batt type
insulation vs foam type insulation

Because foam type insulation is known to shrink over
time, the building airtightness of one of the tested houses
with foam type insulation was annually measured. As
shown in figure 11, the building airtightness is slightly
becoming worse over time. In order to verify the cause,
building airtightness of wooden house with batt type
need to be monitored.

Figure 11: Building airtightness change overtime in wooden
house using foam type insulation

3.3 EFFECT OF AIR BARRIER ON
AIRTIGHNESS

Figure 9: Building airtightness change of light timber frame
and post-beam

Recently, the use of air barrier has increased for building
airtightness in wooden house in Korea. 5 houses among
all tested ones installed air barrier in wall assembly. As
shown in figure 12, the use of air barrier was effective on
building airtightness. In case of the three houses with air
barrier built in 2011, those building airtightness was
better than that of the other five houses with five no air
barrier constructed simultaneously by same site manager.
But, in case of the houses built in 2015 and 2016, the air
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barrier was not effective on building airtightness
compared to simultaneously constructed houses with no
air barrier. Because application of air barrier makes
additional cost, construction progress and labour for
installation, more caution is necessary to apply it.

3.5 EFFECT OF HUMAN ERROR ON
AIRTIGHNESS
Building airtightness is largely affected by builder’s skill.
So, effect of site managers on building airtightness is
shown in figure 14. Firstly, it is proposed that all
managers’ proficiency concerned with airtightness got
better over time. Secondly, there was effect of builder’s
skill on building airtightness.

Figure 12: Effect of air barrier on building airtightness

3.4 EFFECT OF CONSTRUCTION TYPE ON
AIRTIGHNESS
Figure 13 shows the airtightness comparison of light
timber frame, post-beam construction, CLT construction.
30 houses were constructed in light timber frame. The air
tightness of Han-ok is not shown here because of very
high ACH50 with 17.5 h-1. It might be resulted from
unintended defect. So, more measurements of Han-ok
are necessary to obtain meaningful conclusion.
The light timber frame was more airtight than post-beam
construction. It was proposed that the gaps in
connections between post and beam members induced
more air leakage. Actually, infrared images of post and
beam connections in winter showed heat loss by air
leakage. Although there was only one measurement of
CLT construction, ACH50 was 0.8h-1. It was the smallest
value among the measurements. Various factors must be
concerned with the building airtightness. But, it was
concluded that CLT construction was advantageous to
keep building airtight.

Figure 14: Airtightness according to insulation types

3.6 DEFECTS OF AIR LEAKAGE
Figure 15 shows the infrared image of heat loss induced
from air leakage. Post and beam connections were weak
to prevent air leakage. Air leakage in post and beam
connections can’t be avoid because of dimension
variation of large sectional structural members affected
by surrounded hygro-thermal conditions.

Figure 15: Infrared image of air leakage in post-beam
connection

In many cases of measurements, air leakage was
detected near the electric components such as lights,
electric outlet, light switch and etc. In case of CLT house
with most airtight envelope, there was no air leakage in
electric components.
In case of detached wooden house in suburban region,
air leakage was detected near sewer pipe. It might be
resulted from that the end of sewer pipe was directly
exposed to outside.

Figure 13: Effect of construction type on building airtightness
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Figure 16: Air leakage detection by vane anemometer

4 CONCLUSIONS
In this research, we tried to get the building airtightness
of wood houses built in Korea to establish airtightness
input value for building energy performance simulation
and to evaluate current energy saving potential in
wooden houses in Korea. We obtained the following
conclusions.








Building airtightness of wooden house in Korea is
gradually becoming better.
Foam type insulation was more advantageous than
batt type one for building airtightness. But, the
airtight of wooden house with foam type insulation
became worse over time.
Air barrier was effective to get airtight in wooden
house
The order of favourable construction for building
airtightness was CLT, light timber frame, post and
timber, Han-ok
Building airtightness of wooden house was affected
by site manager.
Defects of air leakage were mainly electrical
components, sewer pipe and structural member
connections in post and beam construction.
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AKUSTIK CENTER AUSTRIA - NEW RESEARCH AND TESTING
COMPETENCE FOR TIMBER CONSTRUCTIONS
Franz Dolezal1, Maximilian Neusser2, Martin Teibinger3, Bernd Nusser4

ABSTRACT: The overall goal of the research project Akustik Center Austria is to establish the required infrastructure
and concentrate the competence of three institutions (Holzforschung Austria, Federal Institute of Technology, Vienna
University of Technology) with different approaches to building acoustics. It will lead to acoustic test facilities with
focus on lightweight components with attention drawn to the research topics “low frequencies” and “subjective
perception”. Optimal dimensions of transmission suites to fulfil conditions for reproducible building acoustic
measurements below 100 Hz were developed by a parametric study. The indicators of diffusivity of the sound field like
eigenmode density, distribution and shapes were calculated with an FEM model which has been validated by a
comparison of the calculated and measured sound pressure field in the source- and receiving room of an existing test
facility. This paper shows the scientific approach which led to the design of two transmission suites for lightweight
building components.
KEY WORDS: building acoustics, lightweight structures, timber structures, transmission suites, low frequencies

1 INTRODUCTION 123
Timber frame and solid timber construction methods,
commonly used for single family houses, have been
established as standard construction modes for multistorey buildings and terraced houses as well. To give
consideration to the particular sound insulation issues of
timber and light-weight constructions, a new research
project in building acoustics has been launched in
Austria in 2014. The overall goal was to establish
infrastructure
and
concentrate
expertise
of
Holzforschung Austria (HFA), the Federal Institute of
Technology (TGM) and the Vienna University of
Technology, each one of these institutions representing a
different approach to building acoustics. This
cooperative research project led to the construction of a
laboratory for building acoustics with focus on
lightweight building components where the research
topics “low frequencies” and “subjective perception” are
investigated in particular. This paper shows the
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comprehensive considerations which led to the final
design of the transmission suites: analytic approaches,
modelling of dimensions and analysis of reproducibility.

2 METHODOLOGY
Besides research, the laboratory is used for carrying out
certified measurements of sound insulation of building
components as well. Therefore facilities have to comply
with respective standards, in particular EN ISO 10140
and EN ISO 10848 series. These standards have been
analysed in order to ensure accordance of transmission
suites with the latest requirements. Since a lot of
expertise already exists on this topic, a journey to
different leading acoustic laboratories in Austria and
Europe was organized to increase knowledge, learn from
different approaches and, last but not least, avoid
mistakes which have been made already.
Aware of the fact that not only size, but proportions of
test boxes influence the uniformity and density of the
eigenmode distribution, which is crucial for location
independent sound pressure measurements and for low
frequency results reproducibility, an investigation of
variations and combinations of test chamber geometries
was carried out.

WCTE 2016 e-book | 3342

2.1 PRELIMINARY INVESTIGATION –
VALIDATION OF THE FEM MODEL
A comparison of a finite element method (FEM) Fluid
Structure Interaction Model and an analytic solution of
the sound pressure field in two neighbouring, coupled
and rectangular rooms with different source locations at
the low frequency sound spectrum was carried out. The
FEM Model combines the pressure acoustics of a linear
elastic fluid in the air volumes and of structural
mechanics to connect the acoustics pressure variations in
the fluid domain with the structural deformation in the
partition wall. In a further step, the numerical model for
sound field distribution was validated with
measurements carried out at TGM´s transmission suite
for walls.
2.2 IDENTIFICATION OF MOST
ADVANTAGEOUS DIMENSIONS OF
TRANSMISSION SUITES
As software environment for this research the finite
element method tool COMSOL-Multiphysics with the
acoustic-solid interaction interface was used. This
interface combines the calculation possibilities of the
pressure acoustic module and the structural mechanics
module and couples the acoustic sound pressure
variations on the border of the structure to the elastic
deformations of the solid domain.
2.3 REPRODUCIBILITY OF SOUND PRESSURE
MEASUREMENTS IN DIFFERENT SIZED
TRANSMISSION SUITES
For the determination of reproducibility of sound
pressure measurements in different sized transmission
suites, virtual measurements with 200 randomly
determined metering points were carried out in the
already fixed dimensions of the different sized
transmission suites. Results were averaged, and
respective standard deviations were compared. Therefore
the finite element method (FEM) – tool COMSOLMultiphysics, with the acoustic-solid interaction
interface, was a useful instrument.

3 CONTRADICTORY
SPECIFICATIONS IN STANDARDS,
RESEARCH AND PRACTICE
Different recently revised standards give guidance on
requirements of acoustic test facilities and sound
insulation measurements. Looking closely, it appears
that some of these requirements are contradictory, in
particular when it comes to the preconditions for
accurate measurements at low frequencies. On one hand,
a minimum room volume for transmission suites of
50 m³ with a difference of 10 % (55 m³) is recommended
in EN ISO 10140-5 with appropriate dimensions
between 50 to 60 m³. The reason can be found in the
request for a full test opening to avoid niches
EN ISO 10140-5. On the other hand, Annex A of
EN ISO 10140-4 states that the sound field in these test
rooms is not diffuse for low frequency bands below
400 Hz and the general requirement of the room

dimensions to be at least one wavelength cannot be
fulfilled. To comply with requirements for better low
frequency measurement reproducibility, a significant
increase of room dimensions is necessary.
Large rooms lead to large test openings in order to
achieve the full opening request of EN ISO 10140-5,
since proportions between surfaces have to be chosen in
a way, that eigenmodes of low frequencies appear
numerously and uniformly. However, the sound
reduction index depends on the size of the test object and
room conditions as well.
Downsizing the test opening inevitably leads to niches.
Their impact on measurement results of the sound
reduction index is directly related to niche dimensions
and element position as pointed out by Hopkins in [1]
and demonstrated by Dijckmans in [2]. Oblique angled
rooms with the objective to reduce the size of the test
object are not advantageous either and should be avoided
[3] as well.
A further aspect to be considered is the manageability
during the test procedure in the laboratory. Larger test
objects lead to higher costs regarding delivery, storage,
assembly and handling equipment and the testing
process in general.

4 ANALYSIS OF LABORATORIES
Since a lot of expertise on sound insulation
measurements already exists, a journey to different
leading building acoustic laboratories in Austria and
Europe was carried out. The aim was to increase
knowledge and learn from different approaches in order
to avoid mistakes.
The visited selection of laboratories shows that the
approach to design of transmission suites can be
extremely different. Although there is no right or wrong,
the decisions made, lead to certain characteristics, which
usually cannot be changed later on. Two important
properties seem to be crucial, because they are not
fulfilled in every transmission suite. On one hand, the
minimal loss factor according to EN ISO 10140-5 seems
to be hard to achieve, although it is of importance for
heavy test objects. On the other hand, niches can be
found in several facilities though their impact has
already been studied comprehensively e.g. in [1,2 and 3],
and it is agreed within the scientific community that they
should be avoided. Reasons for that can be found in
smaller test objects with faster and simpler mounting
efforts and lower costs for laboratory and customer in
general. Summing up the examination of laboratories, it
can be concluded that all analysed examples show the
complexity of the design of transmission suites with the
intention to fulfil all respective requirements.

5 SOUND FIELD DIFFUSIVITY
The diffusivity of the sound field in the test chambers is
related to the existing eigenmode density in the
investigated frequency band. Since the eigenmode
density is rapidly decreasing with the increasing wave
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length at low frequencies, properly designed room
geometries are highly recommended.

1 dB between the two models for the different source
frequencies and mesh densities [4].

5.1 VALIDATION OF THE FEM MODEL
Some of the applied building acoustic simulation
methods, for example statistical energy analysis, have
problems dealing with low frequencies because of the
low eigenmode density. For FEM calculations the only
problem with none diffuse sound fields is the higher
calculation effort. The whole air domain around the
investigated building part has to be taken into account to
simulate the interaction of the air and the structural
domain. The FEM is a general method for solving
differential equations over complex domains, so
discretising large domains in FEM-simulations need high
numbers of mesh elements. Those simulations are
mainly limited by the available computational power. In
[4], Neusser gives an overview about the necessary mesh
density in FEM by comparing the results of a simulated
sound transmission measurement by FEM and an
analytical physical equivalent model of two through the
velocity field of a homogenous partition wall coupled
sound pressure fields. The pressure field of the air
volume in the receiving room is driven by the
displacement velocity of the separating wall of the two
rooms. Both, the analytical model and the FEMsimulation calculate the described phenomena stepwise.
In a first step the sound pressure field in the sending
room caused by a point source is calculated. Then the
velocity field of the partition wall, excited by the
pressure field along the wall is determined. The last step
calculates the sound pressure field in the receiving room
produced by the radiated energy of the partition wall.
Source frequencies from 80-200 Hz are investigated.
5.1.1 Comparison FEM and analytical model
With the analytic model described in [5] the sound
pressure level field in the sending room and the
receiving room is calculated and compared to the FEMsimulation resulting in a 0.05 m XY-grid in the height of
1 m. Ten random points are drawn out of the grid of the
FEM and the analytic solution and the difference of the
two energy weighted average sound pressure levels of
those ten points is calculated for the different mesh
densities in the FEM software environment. This was
done for a variation of different parameters described in
[4] and an average for all variants was generated and
illustrated for the different mesh densities and source
frequencies. Results depend on the ability of the FEM
model to reproduce the analytic solutions but also
strongly depend on the homogeneity of the sound
pressure level fields.
To get a second reference regarding the reproducibility
of the sound pressure fields by the FEM model a second
indicator is needed. For one variant of room geometry,
source position and wall type, all sound pressure levels
in the 0.05 m grid calculated by the analytic model are
compared to the sound pressure field simulated by the
FEM model. Again an average of all deviations of all
variants was formed. Figure 1 shows the average
percentage of points which led to a lower deviation than

Figure 1: Average percentage of points in the FEM solution
with less than 1 dB difference from the exact analytic solution
in the receiving room of all variations

With this indicator an overall judgment about the fit
between the two solutions is possible. Finally an excerpt
of results in Figure 2 points out the comparison between
the sound pressure field calculated by the analytic
solution according to [5] and the result of the FEMsimulation.

Figure 2: Difference between the two sound pressure fields
calculated with FEM and the analytic approach

The differences in Figure 2 show that the FEMSimulation is able to reproduce the sound pressure field
calculated by the analytic solution in the sending room
excited by a point source in a satisfying way. It could be
shown that also complicated mode structures can be
simulated with FEM with acceptable deviations if the
discretisation and so the mesh density is fitted to the
given physical challenge. Major differences only occur
in mode values with very high gradient of the pressure.
In these narrow regions it is not possible to completely
analyze the appeared differences because deflections of
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the analytic solution are caused by grid or other
approximations.
5.1.2 Comparison FEM and real measurements in
TGM transmission suites
In a further step, the numerical model for sound field
distribution was validated with measurements carried out
at TGM´s transmission suite for walls. The configuration
of the real transmission suite, which has been modelled,
is shown in Figure 3.

selected as the most practical method for the
identification of the perfect size of the transmission
suites. Nevertheless, apart from sound field diffusivity, a
series of different (practical) parameters like required
space, weight, manageability, etc. have to be taken into
account as well.
The diffusivity of the sound field in the test chambers is
highly related to the existing eigenmode density in the
investigated frequency band. Since the eigenmode
density is rapidly decreasing with the increasing wave
length at low frequencies, properly designed room
geometries are highly recommended. In a functional test
facility infrastructure, the maximum size of the test
chambers, and the overall economic design of the facility
of the model, was used to investigate the eigenmode
density of different geometries and combinations of
dimensions of the test chambers at the low frequency
range. The following parameters in table 1 were
modified in the variation, with each possible
combination of the parameters.
Table 1: Parameters varied in the parametric study of
transmission suite dimensions

Figure 3: Model of transmission suite at TGM Vienna

The comparison of measurement and simulation results
in the height of 1.3 m from ground floor for 80 Hz sinus
in the transmission suite provides satisfying accordance
for the comparison of measurement and calculation for
the intended purpose (figure 4).

Figure 4: Sound field distribution in TGM`s sending room
(above) and receiving room (below), 80 Hz sinus, 1.3 m height,
measured (left) and calculated (right)

5.2 IDENTIFICATION OF MOST
ADVANTAGEOUS DIMENSIONS OF
TRANSMISSION SUITES
Following the previous explanations that FEM is a
reliable method for sound filed simulation, it was

Parameter
Length
Width
Height

Total (m)
6 to 10
3 to 6
3 to 3,5

Step (m)
0.5
0.5
0.25

Parameters are limited because of dimensions of the
surrounding building, required storage capacities and
dimension of disposable crane. Figure 5 shows all
eigenmodes in the frequency spectrum 0-240 Hz of all
analysed geometry variations in the parametric study.

Figure 5: Eigenmode distribution of all investigated variants
of test box geometries as point clouds

As expected, the tightest eigenmode distribution over the
frequency spectrum below 100 Hz in a geometry group
with the same height is observed for the widest and
longest dimensions. Such a group of variants shows that
there are combinations of room dimensions with smaller
size and volumes, but nevertheless superior eigenmode
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density in the low frequency bands caused by more
advantageously distributed diagonal spatial modes.
Geometry of the test boxes developed in [4] und [7] was
optimized on a minimum mode number of 7 in the 63 Hz
frequency band. A more or less arbitrary determination,
since the term “diffuse sound field” has no exact
definition. Figure 6 illustrates these considerations in a
comprehensive way with the point clouds of eigenmodes
in 63, 80 and 100 Hz one third octave band. The
intersection of the seven modes line with the 63 Hz line
determines the minimum volume required for previously
fixed goal of the minimum number of 7 eigenmodes in
the one third octave frequency band.

Figure 7: Amount of eigenmodes of different relevant 1/3
octave band center frequencies in the standard sized (black)
and the supersize transmission suite (red)

Amount of eigenmodes for both transmission suites, the
standard sized one for accredited measurements and the
extra large one for research in the lower frequency bands
are shown in figure 7. It can be demonstrated that
eigenmode density is much higher for the sound field in
low frequencies. Even in the first one third octave band
in the building acoustical frequency range (100 Hz)
figure 7 points out a quantity of 20, whilst a standard
sized transmission suite (volume around 50 m³) only
comes up with 6 eigenmodes [8].
5.3 REPRODUCIBILITY OF SOUND PRESSURE
MEASUREMENTS IN DIFFERENT SIZED
TRANSMISSION SUITES

Figure 6: Required Volume of the test boxes for at least 7
eigenmodes in 63, 80 and 100 Hz one third octave band. Chart
is based on calculations for eigenmode distribution in figure 5

The combination of all possible variations of lengths and
widths of the test chambers are pictured in Figure 5.
Considering eigenmode distribution and boundary
conditions from the Akustik Center Austria research
project, ideal dimensions of the projected transmission
suites were identified.
These considerations led to the final dimensions of the
large and the small, standard sized transmission suites.
Actual dimensions are around 50 to 55 m³ for the
standard sized transmission suite and 140 to 160 m³ for
the extra large one.

In order to identify the effects of the variations of the
measured average sound pressure level in the
dimensionally optimized transmission suites, virtual test
measurements were carried out. Therefore geometry was
modeled in the validated FEM environment. As software
for this research the finite element method – tool
“COMSOL-Multiphysics” with the acoustic-solid
interaction interface was used. This interface couples the
acoustic sound pressure variations at the border of the
structure to the elastic deformations of the solid domain.
The simulated sound pressure field in the source and the
receiving room was analyzed at 10 random positions and
an energetic equivalent level was calculated. Twenty of
these "measurements" were carried out. Simulated sound
field was scanned by a rectangular, three dimensional
mash of 150 points and analyzed. These points were
arranged in the room according to EN ISO 10140-1.
Subsequently 10 randomly selected points were chosen
and sound pressure level in these points was averaged.
This procedure corresponds to a measurement with a
sound pressure analyzer. Figure 8 shows exemplarily
sound pressure fields in virtual sending and receiving
rooms at a source frequency of 100 Hz in 1.3 m height.
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6 GENERAL DESCRIPTION OF
TRANSMISSION SUITES
In general, Akustik Center Austria building acoustic
laboratory has two different transmission suites for the
testing of walls and floors. Both are designed as a
combination of wall and floor testing facility (figure 10).
In this way, on one hand required space can be reduced,
but on the other hand testing speed can be limited due to
higher reconstruction efforts.

Figure 8: Sound pressure in virtual sending (left) and
receiving (right) room at 100 Hz, 1.3 m height

The various combinations of those measurements
delivered 400 different values for the sound transmission
loss of the partition wall in the FEM environment. This
procedure was performed for two transmission suite
geometries, one in a traditional dimensioned
configuration according EN ISO 10140-5, and one with
the optimized space configuration from the parametric
study with focus on low frequencies.

Figure 10: Akustik Center Austria system of transmission
suites: combination of wall and floor testing device – SRsending room, RR-receiving room

This means that it is not possible to test a wall or a floor
at the same time. The transmission suite always needs to
be converted from one function to another.
Sending rooms which are moveable are made of cross
laminated timber (CLT) with a flexible shell inside made
of steel studs with 4 layers of plasterboard and filling of
mineral wool. The receiving room, which is too heavy to
be moved, consists of reinforced concrete with the same
flexible shell inside.
The moving of the sending room boxes and test objects
is carried out by a crane which covers large parts of the
laboratory. Floors and walls to be tested are built within
a frame made of reinforced concrete. This reduces the
flanking transmission and increases the maximum sound
reduction index Rmax of the transmission suites.
Figure 9: Standard deviation of the calculated R in the
transmission suites: standard sized (dashed, red line) and
supersize (solid, blue line)

Finally, standard deviations of these virtual measurement
results were calculated in the different room geometries.
The results of standard deviations in the transmission
suites with the final dimensions are shown in figure 9.
Pictured are results for the receiving rooms. The graph
points out that in large room dimensions, the standard
deviations of sound pressure measurements are
significantly lower in the low frequency range than in
standard sized room geometries. Optimizing and resizing
the measurement room geometries led to a significant
improvement in reproducibility of sound pressure level
measurements.

Figure 11: Frame (brown) for wall testing with test object
(green) – view, left above - and required cover floor (blue) for
wall measurements
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The future frames mounting of test objects can be carried
out aside the transmission suite without disturbing
ongoing measurements. Therefore it is necessary to
cover the test opening which is not in use with a cover
wall or cover floor, schematically illustrated in figure 11.

reverberation time in certain frequency bands. Finally,
reverberation time could be fixed in the time range given
by the standard and shown in figure 13.

6.1 REVERBRATION TIME IN THE
TRANSMISSION SUITES
Standard EN ISO 10140-5 gives exact guidance about
the ideal reverberation time T in transmission suites for
sound pressure level measurements. Therein is stated
that reverberation time has to be between 1 and 2
seconds. Exact calculation of the requirement should be
carried out according to equation 1:
2

1  T  2(

V 3
)
50

(1)

where T = reverberation time in s and V = internal
volume of the test chamber in m³.
This leads to a suggested reverberation time between
1.00 and 2.26 seconds for the small, standard sized
transmission suite.
Verification started with measurements of the empty
boxes with only wall and floor structures contributing to
reverberation time of the test chambers. Figure 12 shows
the need to adjust all the measured chambers because of
the long reverberation times, even in the CLT boxes.
Reverberation time was measured by using sinus sweep
and a number of 9 randomly distributed microphones in
the chambers. The results of reverberation time were
averaged.

Figure 13: Reverberation time in test chambers of small
transmission suite with additional measures – situation
fulfilling the standard, requirement according standard marked
by grey rectangle

6.2 DIFFUSIVITY OF THE SOUND FIELD
EN ISO 10140-5 defines diffusivity with the
determination that additional diffusers do not affect the
results of sound reduction index measurements any
more. Nevertheless, an important effect has to be taken
into account as well: each diffuser is an absorber
somehow as well and changes not only diffusion, but
also reverberation time. In the laboratory of Akustik
Center Austria, diffusivity was measured by the use of
measurements of the reverberation time. Additional
diffusers were added until the difference of reverberation
time between 9 microphone positions was reduced to a
minimum. These measurements were verified with
different position of loudspeakers and microphones as
well, to ensure that the sound field was not simply
optimized between the actual microphone positions.
Furthermore we could confirm that the results of the
sound reduction index did not change when additional
diffusers were added.
6.3 DECOUPLING OF THE TRANSMISSION
SUITES FROM THE FLOOR PLATE

Figure 12: Reverberation time in test chambers of small
transmission suite without additional measures – initial
situation, requirement according standard marked by grey
rectangle

The initial situation without any measures obviously
does not comply with the requirements according to the
respective standard. So various measures had to be taken
which led to a significant improvement of the
reverberation time in the frequency range of interest.
Starting with simple measures like packages of
insulation materials, the adaption process ended up with
the design of specified Helmholtz resonators to reduce

Since sound measurements require an extremely quiet
surrounding, transmission suites had to be decoupled
from the laboratory’s floor plate to avoid propagation of
impact noise from the surrounding and the ordinary
operation of the laboratory itself.
Receiving rooms and sending rooms for wall
measurements are decoupled from the laboratory’s floor
plate by flexible interlayers, properly designed by taking
into account the load caused by the test chambers and the
goal of a very low resonance frequency. The low
resonance frequency is needed, because decoupling
effect of flexible interlayers only starts above this
frequency. First measurements carried out with
accelerometers and transient excitation with a hammer,
showed excellent decoupling between the floor of the
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surrounding laboratory and the floor of the standard
sized transmission suite. The flexible interlayers operate
in the way they were designed for.

7 CONCLUSIONS
Design of transmission suites from the scratch requires a
comprehensive strategy, particularly considering
contradictory design recommendations in standards,
research and current practice is challenging. Therefore,
analysis and comparison of existing laboratories was the
first step which led to fundamental decisions in the
design process. The result of these comprehensive
considerations was the intention to build two
transmission suites with different sizes: a standard sized
one for testing and a supersize one for research, taking
into account reproducibility of sound measurement
results. FEM method was used to find the optimal
dimensions of both, standard sized and extra large,
transmission suites. By carrying out virtual sound
measurements, more favourable reproducibility of the
larger transmission suite in the low frequency range can
be shown. These preliminary investigations, like sound
field diffusivity in test boxes, have been carried out in
order to have the capability to predict behaviour of
transmission suites in a comprehensive way and avoid
unexpected findings during calibration of the test
facilities.
After the transmission suites have been built, calibration
activities started. Within the scope of calibrating the
transmission suite, different tasks where carried out or
are still ongoing. These tasks are for example, measures
to ensure sound tightness of joints (like the connections
from the test chamber to the frame which takes the test
object) and verification, adjustment of reverberation time
and diffusivity in the test chambers and verification of
the performance of the decoupling system of the
transmission suites from the building’s floor.
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MODELLING WEATHER DEGRADATION OF WOODEN FACADES
USING NIR HYPERSPECTRAL IMAGING OF THIN WOOD SAMPLES
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Anna Sandak5, Jakub Sandak6, Kristian Hovde Liland7
ABSTRACT
Untreated wooden surfaces degrade differently when exposed to varying doses of natural weathering. Theis study aims
to assess the degradation of wooden surfaces caused by weathering and to determin a weather dose for the degradation.
Several sets of very thin wood samples have been exposed to natural weathering and one set of samples was exposed to
UV-radiation in a AtlasUV. The samples have been studied with multisensory techniques including near-infrared
hyperspectral imaging. Spectra of earlywood and latewood could be extracted from the hyperspectral image cubes and
changes in the spectra were modeled as a function of UV solar radiation to see if the weathering deterioration was
reflected in the NIR spectra. A regression model was obtained using Tikhonov regression, an algorithm that yields
robust prediction models when predicting new test data. The lignin and holocellulose content were estimated on
selected samples separately for early- and latewood using a thermogravimetric analysis (TGA). The thermogravimetric
results showed a clear correlation with the progress of weathering of the samples, for both earlywood and latewood
and both for the outdoor samples and the samples is in the UV chamber exposed. This indicates that NIR spectroscopy
can also be used to model lignin content in the wood.
The result from this work is a first step towards fining a weather dose model determined by temperature and moisture
content on the wooden surface in addition to the solar UV radiation.
KEYWORDS: wood weathering, degradation kinetics, hyperspectral imaging, transmission

1 INTRODUCTION12
The use of wood as a building material outdoors is
widespread in various applications from ancient times.
Untreated wooden surfaces are frequently utilized as
cladding in modern buildings. Consequently, the
importance of aesthetical character and appearance of
wood materials and wood products used outdoors has
increased. Wood subjected to weathering is degraded by
various environmental agents such as solar radiation,
cyclic wetting, atmospheric temperature and relative
humidity changes, environmental pollutants and certain
micro-organisms. The choice of wood is often related to
wood/structure aesthetics and there is an increasing
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demand for a better understanding of the deterioration
mechanisms of wood during the outdoor exposure.
While it is known that the characteristic grey patina
visible after a few months of exposures is mostly caused
by photodegradation of lignin in middle lamella by UV
radiation [1], there are several other factors involved,
such as moisture, temperature, biological growth,
chemicals and mechanical abrasion [2]. The elements in
façades made of wood can often cause non-uniform
degradation patterns such as shown in Fig. 1. Various
architectonical solutions and geometrical patterns and
shapes are generally the main reasons for the
heterogeneous appearance since these affect the
microclimate on the surface. The microclimate on a
wooden façade differs from the exterior climate and can
be modelled using ray tracing to account for micro scale
variations of the solar irradiance, temperature and
moisture on the wall, as shown in Fig. 2 and presented in
[3]. To be able to predict the aesthetical service life and
the visual appearance of a wooden façade over time, well
performing models of wood degradation as a function of
the main climatic factors are crucial.
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Figure 1: Unevenly exposed wooden cladding
(Photo:Ingunn Burud)

in Norway

The goal of the present study was to investigate the
kinetic of the degradation rate of thin wood samples
exposed to short term weathering dose (20-30 days) and
to define a weather dose for the degradation. The
experiment is a part of the Round Robin test conducted
within COST action FP1006 ‘Bringing new functions to
wood through surface modification’.
Experiments with approximately 100 µm thick wood
samples have been carried out. The advantage of thin
samples is that they can be treated both as surface and
bulk for the analysis. Several sample-sets of thin wood
were exposed outdoors and one sample-set was exposed
in a UV radiation chamber (AtlasUV) , and the study has
been focused on the influence of UV radiation on the
weathering of the samples. According to [6], a widely
used practice has been to use total energy from the
integrated solar spectrum as the timing variable for the
amount of radiation a sample has been exposed to. This
is obtained by integrating over the entire spectral power
curve of sunlight, and multiplying by exposure time [1].
One aim was to model the kinetics by means of near
infrared (NIR) hyperspectral imaging. Previous studies
have shown that NIR spectroscopy and hyperspectral
imaging are well suited scientific tools for rapid and
non-destructive characterization of wood surfaces [4, 5].
Modeling the degradation as a function of UV radiation
using multivariate regression techniques was therefore
carried out to explore how the deterioration of the earlyand latewood can be predicted as a first step to the
overall goal of defining a weather dose for the
degradation.

Figure 2: Annual mean of solar radiation on a wooden façade
(above) and annual mean of temperature a wooden façade
(below). The light blue areas are the windows in the façade.
(from Thiis et al. [3]).

2 MATERIALS AND METHODS
2.1 EXPERIMENTAL SETUP
Experimental samples were prepared from one piece of
Norway spruce wood (Picea abies) on a slicing planner
(Marunaka) to a thickness of ~100µm and an exposed
surface of 30mm x 35mm. Sets of samples were exposed
in 15 locations in Europe and were collected before
exposition and after 1, 2, 4, 7, 9, 11, 14, 17, 21, 24 and
28 days of weathering. An additional set of 105 samples
were exposed outdoors in Ås, Norway, facing South at
45 degrees as shown in Fig. 3. On the first day 21
samples were put outside for exposure, and then one
sample was collected each day and stored at room
temperature. After 7 days a new set of 21 samples were
exposed, and the following days one sample was
collected each day following the same procedure as for
sample set 1. This procedure was followed for 5 sample
sets of 21 samples each. After collecting all samples,
they were stored in darkness in a climatic chamber with
a constant temperature of 20°C and 65% relative
humidity to obtain an acclimatized weight before further
processing. Weather data for 10 of the locations has
been obtained. For the samples from Ås, Norway a
national weather station is located approximately 200m
away from the exposure site. This weather station has a
pyranometer that measures the solar UV radiation in the
wavelength region (298 – 385) nm, which was used as
response values when modelling the wood degradation
from the NIR spectra.
Finally, a supplementary set of 30 samples were exposed
in a UV chamber of type Atlas UVTestTM. The Atlas
UVTestTM has eight UVA-340 lamps installed with an
output of 0.89 W/m2/nm each. The samples were
exposed in the UV chamber for 1 to 10 cycles of 2.5h
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continuous UV radiation followed by 30 minutes water
spraying.

Figure 3: Exposure of samples facing south in Ås, Norway.

Figure 4: Hyperspectral camera with custom made setup for
transmission mode imaging. The samples is put on the glass
plate and light shines through from a light bulb in the box.

2.2 HYPERSPECTRAL IMAGING
The spectral imaging measurements were conducted in a
laboratory setup with a pushbroom-type hyperspectral
camera
(Specim,
Oulu,
Finland), which has a Mercury Cadmium
Telluride
(MCT) detector, sensitive in the near infrared region
(1000 – 2500 nm) distributed over 256 channels. One
dimension of the detector is used for the spectral
separation and the other for imaging one of the two
spatial directions so that one line is recorded each time
with a spectrum in each pixel. The second spatial
dimension is obtained by moving the camera over the
sample using a translation stage. On average it takes 5
seconds to scan the sample. The spatial resolution of
the setup was approximately 100 µm. The hyperspectral
image acquisition was carried out in transmission mode
using a custom setup: backside illumination with
halogen lamps below a semi opaque glass plate and
another transparent glass plate transmitting NIR
radiation above the samples (see Fig. 4). At the end of
the scan of each sample, a short image with the shutter
closed is carried out and the mean signal from each line
in this dark image is subtracted from each band in the
hypercube bør kanskje definers?. This procedure is
performed to remove the bias level and to correct for
pixel-to-pixel variations in the detector. A white
calibration has to be performed in order to remove the
spectral signal from the lamps.
A mosaic of 8 hyperspectral images (wavelength 990 nm
is shown) of selected samples exposed for 0, 3, 4, 7, 10,
17, 19 and 21 days is shown in Fig. 5a. The earlywood
and latewood parts can be identified on the hyperspectral
images as can be seen in Fig. 5a. In order to
automatically extract spectra from the early- and
latewood separately, a masking algorithm based on
Principal Component Analysis (PCA) was applied to the
images.

A Partial Least Square Discriminant Analysis (PLS-DA)
was applied to such mosaic images in order to visualize
the evolution of early and latewood [8]. The algorithm of
PLS-DA uses the manually selected classes of spectra
and predicts corresponding classes to the remaining
spectra in the dataset. Two classes (earlywood and
latewood) were defined on a non-weathered sample
when setting-up the PLS-DA model. An additional class
was selected for pixels corresponding to the material
deficiency due to cracks. The earlywood/latewoods were
clearly discriminated on the samples exposed to
weathering for very short time periods . On the other
hand, most latewood zones on samples exposed to
longer-time weathering (more than 10 days) were clearly
misclassified by PLS-DA and were considered as similar
to early wood. This indicates that chemical changes to
wood due to weathering (as recorded in NIR spectra)
homogenize the surface along woody polymers
degradation. Therefore even if PLS-DA does not seem as
a perfectly suitable method to classify the overall mosaic
of samples with different weather exposure, it can be
used as a method to demonstrate the spectral differences
along the degradation progress.

Figure 5: a) Hyperspectral image (wavelength 990 nm) of 8
samples exposed for periods from 0 days (upper left corner) to
28 days (lower right corner). The white areas correspond to
cracks. b) Result from a PLS-DA classification where
earlywood (dark blue) and latewood (light blue) classes were
determined on the non exposed sample. Cracks in the samples
were also classified (shown as yellow).
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2.3 REGRESSION ANALYSIS
Regression analysis was carried out for the samples
exposed in Ås, Norway. The mean spectra of early and
latewood separately were used as predictor variables and
total cumulated UV solar radiation for each sample was
used as response variable. The set of predictor variables
and the response variable are all continuous, and so the
point of departure is Ordinary Least Squares Regression,
of the familiar form: y = β0 + β1x1 + … + βnxn + ε.
Here β0 is the expected value when all x = 0, β1, …, βn
are the coefficients associated with each variable, and ε
is the error term representing variation not accounted for
by the model. In linear algebra notation the terms can be
arranged as:

sample earlywood and latewood were separated, using a
scalpel, in order to determine the lignin and
holocellulose content for each wood type separately. The
samples in its individual containers in the STA are
shown in Fig. 6.

𝐗𝜷 = 𝐲
where the rows of X correspond to observations and the
columns correspond to variables, with a vector of ones
added to account for the constant term. β is a vector
containing the regression coefficients and y is the
response vector. The aim of the regression is to derive a
model that predicts new observations accurately and
reliably, given an observation with response y from a
population with an unknown mean µ, an associated
explanatory variable x, and an estimate of y given by
some function 𝑦 = 𝑓 𝑥 . A challenge with all regression
models is the trade-off between increasing the model
complexity or the model robustness. A model with
increased complexity may predict well for the set on
which it was trained, but it might not generalize well to
new data. By relaxing the requirement that the model
should be completely unbiased to the training data, it is
possible to obtain a model that has stronger predictive
power. The regression method chosen in this study
named Tikhonov [7] regularization has a regularization
term added to the least squares estimator in order to
increase the model robustness.
To check the validity of the models, the datasets were
split in two, with 2/3 of each dataset assigned as training
data and the remaining 1/3 as test data. The observations
were assigned at random, and the model fitted to the
training set was used to predict for the test set.

Figure 6: The samples cut into pieces of earlywood and
latewood in the containers prior to the chemical analysis.
Photo: Monica Fongen (NIBIO).

2.5 WEATHER DEGRADATION
In addition to the supervised PLS-DA classification that
visualised the weathering effects on the early and
latewood parts of the samples, the weather degradation
was modelled using various regression techniques such
as Ridge regression and PLS regression on the
segmented spectra of early and latewood from the PCA
based masking method. The regression models were
developed with two response variables: the number of
days of outdoor exposure and amount of UV radiation.
MATLAB (Mathworks) was used as software platform
for the multivariate data analysis. Local weather records
for the exposed periods were collected including sun
radiation (spectrally resolved), temperature and relative
humidity (RH). On that base the surface temperature and
wood moisture content on the experimental samples
surface were estimated using the simulation tools
reported by Thiis et al. [3].

3 RESULTS AND DISCUSSION
3.1 VISUAL APPEARANCE

2.4 CHEMICAL ANALYSIS
A subset of the samples from each exposure group
(outdoor exposed samples and UV chamber exposed
samples) were analyzed with a Simultaneous Thermal
Analyzer coupled with Fourier Transform InfraRed
spectrometer (STA FF9 F1 Jupiter, NETSCH, Germany)
for an estimate of the lignin and holocellulose (cellulose
+ hemicellulose) content. The samples on which this
additional measurement was performed had all been
placed outside on the same day, and the samples were
chosen such that the whole range from 1 to 21 days of
exposure were covered, with equal intervals. For each

The appearance of the wood samples changed after only
one day of outdoor exposure of natural weathering. Fig.
7 shows four of the samples exposed for 0, 2, 5 and 20
days. It can be clearly seen that the colour turns more
yellow (confirmed by additional CIE L*a*b*
measurement) and fibres were consequently removed
from the surface with the progress of degradation. The
drastic change to the chemical structure of the measured
samples already after one day of exposure was more
dominant for the zone of early wood, as reported in [8].
Erosion rate has been previously investigated by several
authors ([9,10,11,12]) however regarding longer periods
of time. It has been reported that during the first several
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years of natural weathering, early wood eroded much
more quickly than late wood [9].
A first suggestion for computing a weathering
coefficient was presented in [13] where a custom
algorithm for multi-sensory data fusion and computation
of weathering indicator was developed. Raw data
parameters obtained by different sensors were
summarized considering various importances (weight). It
was found that the computed weather index followed a
similar trend to that of the subjective expert quality
indicators, but with reduced scatter [13].

seen in Fig. 8 where the cumulated solar radiation is
shown for various location. The UV radiation was
therefore used as response variable when modelling the
degradation by means of diverse regression techniques
[15]. It was found that Ridge regression algorithm was
relatively faster and more efficient than PLS [15]. The
regression results of the mean spectra for early and
latewood of the outdoor exposed samples as a function
of total UV radiation (showed in Fig. 9 and Fig. 10)
yielded at good R2 = 0.92 and R2 = 0.87 on the validation
set for early and latewood respectively.
The
corresponding results for the samples exposed in the UV
chamber are shown in Figs 11 and 12. Also here there
are good regression performances with R2 = 0.79 and R2
= 0.91 on the validation set for early and latewood
respectively. This means that NIR spectroscopy can be
used as an indicator on the weather deterioration of the
wood surface. Moreover, the hyperspectral imaging
yields the spatial information in addition to the spectra,
so that the models could be obtained separately for early
and latewood. However, it should be noted that UV
radiation alone is not enough to predict weathering
degradation since it is known that the effect of a certain
amount of UV energy will also depend on the moisture
and temperature conditions of the surface [6].

Figure 7: Four of the samples exposed for 0, 2, 5 and 20 days
(left to right).

3.2 NIR SPECTRA
Spectra corresponding to the early and latewood zones at
varying degradation stages were successfully extracted
from the hyperspectral images. Changes in the spectra
were assessed separately (for early- and latewood) due to
significant differences to the morphological, chemical
and physical structures of these woody components. The
PLS-DA results from classes of early- and latewood
selected on the non-exposed sample show that NIR
spectra changes with the degradation process of the
samples [8]. These differences are partly due to changes
in the thickness of the samples (erosion) and partly due
to changes in chemical composition occurring during
exposure. The changes due to varying thickness were
corrected by pre-processing the images using the
Extended Multiplicative Scatter Correction (EMSC)
[14].

Figure 8: Cumulated solar radiation for 28 days at 10 different
locations in Europe.

3.3 REGRESSION ANALYSIS
The deterioration kinetics due to weathering was
modelled both with number of exposed days and with
total UV radiation as response variable. The total UV
radiation varies much for the samples exposed at
different locations or at different time intervals as can be

Figure 9: Ridge regression of earlywood, predicted versus
measured UV radiation [14]
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3.4 LIGNIN DEGRADATION

Figure 10: Ridge regression of latewood, predicted versus
measured UV radiation [14].

The averaged spectra corresponding to pixels
representing early and late wood before weathering and
at the final stage of the process were studied in [8]. The
apparent differences were in the range 1830nm to
1907nm; related to -OH groups of cellulose and in -C=O
of hemicelluloses respectively [8]. Other bands assigned
to carbohydrates, such as 2291nm and 2328nm (related
to C-O, -OH and C-H stretching) were also clearly
identified. Surprisingly, spectra variations in lignin peaks
(1685nm, 1672nm and 2267nm) were not as apparent as
for other woody polymers, even if a track of such lignin
modification is visible especially in case of early wood
[8].
Thermogravimetric analysis curves have previously been
usedto determine the degradation kinetics of wood as the
devolatilization characteristics during the heating
process reflects the chemical composition in the sample
[16]. The thermogravimetric measurements of the thin
samples in this experiment clearly indicate that there is a
change in the wood kinetics with the weathering [17].
This is illustrated by a section of the time derivative
curve of the mass loss as a function of temperature
shown in Figs. 13 and 14. The section of the figures
show the mass loss peak at approximately 320 °C,
shifting in temperature value with exposure time.

Figure 11: Measured and predicted UV radiation on samples
(earlywood) exposed to UV in chamber, using the regression
model determined on the outdoor samples [15]

Figure 13. Mass loss for earlywood relative to the non exposed
sample. The plots are 1st derivatives of the thermogravimetric
curves. Each color represents different exposure time for the
sample, from 1 to 20 days.

Figure 12: Measured and predicted UV radiation on samples
(latewood) exposed to UV in chamber, using the regression
model determined on the outdoor samples [15].
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Figure 12. . Mass loss for latewood relative to the non exposed
sample. The plots are 1st derivatives of the thermogravimetric
curves. Each color represents different exposure time for the
sample, from 1 to 20 days.

CONCLUSION
Thin samples exposed outdoors or to UV radiation
showed visible degradation after very short exposure
times, both for samples exposed outdoors and samples
exposed to UV radiation in artificial chambers. The
degradation due to weathering was successfully modeled
using NIR hyperspectral imaging, which shows that this
non-destructive technique is highly performant for these
purposes. Regression models with good predictive
abilities were obtained using Tikhonov regression with
the total amount of UV exposure as response variable.
Thermogravimetric analysis of a selection of the
weathered samples demonstrated a clear trend in the
mass loss curves with the amount of UV radiation,
indicating that the lignin degradation of weathered
samples could also be modeled from NIR spectroscopy.
However, further thermogravimetric studies combined
with density measurements of the samples needs to be
carried out to confirm this.
The result from the study is a first step towards a
weather dose response model determined by temperature
and moisture content on the wooden surface in addition
to the solar radiation. Such a model is expected to be
essential for predicting the future performance of
wooden façades’ elements.
Further analysis of the weather data along with
improvement of the degradation assessment will be
carried out in order to link the degradation progress with
the defined weather doses.
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APPROPRIATE SHAPE OF TIMBER FOR THE RAIN
Tadahi o Mi utani1, Hiro i Ishiyama2
ABSTRACT: In this study, in order to achieve a long term use of the wooden structures, appropriate shape of timber for
the rain is examined. We made the rainfall simulator that can make real rainfall, and place the various shape specimens
in it. The validity of the shape were evaluated by measuring the moisture content of the specimens. As a result, the
moisture content ratio of the rhombus is lower than the other forms. Appropriate shape of timber for the rain can realize
the long term use of the wooden structure, in addition, the wooden structure can obtain longer life by using chemical
treatment.

KEYWORDS:Wooden structure, Durability, Detail design, Rainfall simulation, Moisture content

1.

INTRODUCTION 123

In Japan, there are many examples that, the wooden fence
and the bench outdoor did not last due to decay of the wood.
Originally, in case of using wood outdoor, the shape of the
wood is needed to design not to retain rainwater on the
surface of the wood. In addition, painting and chemical
treatment is needed.
However, in Japan, there are many examples that paint and
chemical treatments are taking seriously but without
architectural consideration for rain.
The wood starts to decay when it is used outdoor for a long
period, if it has only paint and chemicals but no
architectural consideration. It is because the surface paint
often comes off leaving moisture accumulates on the wood
over time.
Therefore we focus our study on the moisture which has an
affect on the decay of the wood and durability of the wood
with respect to difference shapes.
We think that the shape can affect the durability of the
wood and contribute to the longevity of the wooden
building, in addition to chemical treatment.

2. OVERVIEW OF STUDY
We establish the specimen under the rainfall simulator and
rainfall to the certain period of time.
( igure )
Thereafter, take out the specimen and cut it in the shape of
the block, in addition to measure weight of each, thereafter,
put it in thermostat which we set to 105℃ at 48 hours to
make a dry condition.
Measure weight again and measure moisture content.
We inspect of appropriate shape for the rain by analyze a
change of moisture content of specimen, and calculate a
high position of moisture content and define it as shape
which easy to decay.

Figure 3: Rain all simulation

2.1. CREATE RAINFALL SIMULATOR

Figure 1: ence in ustria
n sur ace is protecte ith
a oar an that slopes
to pre ent rainy collect

Figure 2: ence in apan
n sur ace o the prop o
ence is not consi ere or the
rain
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We created a rainfall simulator to rainfall to the certain
amount of specimen. ( igure , )
In the first place, drill under the container and establish
extremely thin pipes, to act of making rain artificially, than
a study of the reference [1], the inside diameter of an
extremely thin pipe assumed it 0.4mm.
Established a drain in the container to can keep the constant
depth of the water.
2
Hiroki Ishiyama, Associate Professor, Chubu Univ., Dr. Eng,
ishiyama@sti.chubu.ac.jp
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In this study, an aim is very hard rain of established at
Japan Meteorological Agency (50~80mm/h) [2].
In addition, pre-test was conducted for finding properly
length and pitch of extremely thin pipe, and depth of the
water. ( igure )
Show the result of the experiment in igure
.
As a result of changed precipitation every one pipe and
checked a change of the precipitation by the number of
time of use, was able to control precipitation by changing
length of extremely thin pipe and depth of the water.
In addition, the reduction of the precipitation by the use
count to was not seen.
Therefore, we made the length of extremely thin pipe is
120mm, the depth of the water is 100mm, pitch to establish
is 130mm.

Figure 4: Rain all simulator

Figure 9: Relations o the
time o use an precipitation

Figure 10: Relations o the
use term an precipitation

2.2. SPECIMEN
Used the cedar of 105cm *105cm for specimen.
In addition, use a thing with end matching as every
specifications from the same cedar, to reduce the difference
of the individual.
The surface of specimen makes no processing, to analyze
difference in moisture content by shape.
In this study, inspect a change of moisture content by the
sectional shape of the horizontal bracing. Therefore,
perform waterproofing with oily varnish so that water does
not enter at end surface.
In addition, using waterproofing tape and calking material,
and lengthen specimen to prevent a rise of moisture content
from end surface. ( igure )
Also, prepare for three specimens that cut from centre
about each shape.

Figure 11: i e ie o the specimen

Figure 5: rain all simula-

tor

Figure 6: e ice o the pretest e periment

Figure 12:

aterproo ing

2.3. KIND OF SPECIMEN

Figure 7: Relations o epth
o the ater an precipitation

Figure 8: Relations o pipe
length an precipitation

In this study, made eight kinds of specimens. Show a list
of shape in igure .
Type A1: Rectangular solid and top is sap side.
Type A2: Rectangular solid and top is heart side.
Type B1: Top is small slope (22°).
Type B2: Top is lager slope (66°).
Type C: Top is single flow.
Type D: A rhomboid.
Type E: An octagon.
Type F: Top is flat, but bottom is groove shape.
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Specimen of Type A1 and A2 both are flat, but compare
the difference in penetration of the water, in case of takes
water from sap side and heart side.
Specimen of Type B1 and B2, compare the difference of
moisture content by the angle.
Specimen of Type B1 and B2 and C and D, we think that,
because top is sloping, so the water does not collect, and
hard to penetrate in the top.
Specimen of Type D and E and F, we think that, because a
bottom becomes the shape as the cutwater, so the water is
easy to finish flowing and hard to penetrate in the bottoms.
Therefore we think that, these shape that a wood is hard to
decay.
Top

Middle

Type A1 (Top is sap side)

Type B1 (Small slope)

3. RAINFALL SIMULATION
In the first place, we establish eight kinds of specimens
under the rainfall simulator and rainfall to the certain
period of time. ( igure )
In this study, time of rainfall is 24 hours, 72 hours, 108
hours.
After the experiment, specimens cut it in the shape of the
block, and measure moisture content.
We find appropriate shape for the rain by analyze and
compare to difference of moisture content by the shape.

Bottom

Type A2 (Top is heart side)
Figure 14: Rain all simulation

Figure 15:
thermostat

ry con ition in

Figure 16:
content

Figure 17: he ra ing or
cut o the specimen

Type B2 (Larger slope)

easure moisture

3.1. RAINFALL SIMULATION FOR 24 HOURS

Type C (Single flow)

Type D (A rhombus)

Type E (An octagon)

Type F (Groove shape)

Rainfall on specimens for 24 hours.
Show the result of the experiment in igure
.
As a result of compared Type A1 with A2, difference was
seen in moisture content ratio of top of specimens.
Because a moisture content ratio is lower approximately
30% Type A1 than A2, we think that, sap side is superior
to heart side in the durability.
Also, because time to rainfall was short, the tendency of
moisture content ratio was not seen in Type B1~F.

Figure 18:

Figure 13: hape o specimens

oisture content ratio comparison o

ype

an
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Type E (An octagon)

Figure 21:
Figure 19:

oisture content ratio comparison o

ype

Figure 20: Comparison o the moisture content ratio o
a erage
Type A1 (Top is sap side)

Type A2 (Top is heart side)

Type B1 (Small slope)

Type B2 (Larger slope)

Type C (Single flow)

Type F (Groove shape)

istri ution o moisture content o specimens

3.2. RAINFALL SIMULATION FOR 2 HOURS
Rainfall on specimens for 72 hours.
Show the result of the experiment in igure
.
As a result of compared Type A1 with A2, in the top and
middle, A2 does not absorb much water. On the other hand,
in the bottom, A1 does not absorb much water.
Therefore, we think that, sap side is superior to heart side
in the durability.
As a result of compared Type B1 with B2, the tendency of
moisture content ratio by the difference in angle was not
seen.
Also, as a result of compared Type B1~F, we think that,
Type D is property shape for the durability, because in the
top and middle, a rise of moisture content ratio is low.

Figure 22:

oisture content ratio comparison o

ype

an

Figure 23:

oisture content ratio comparison o

ype

an

Type D (A rhombus)
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Type E (An octagon)

Type F (Groove shape)

Figure 26: istri ution o moisture content o specimens

3.3. RAINFALL SIMULATION FOR 12 HOURS
Figure 24:

oisture content ratio comparison o

ype

Figure 25: Comparison o the moisture content ratio o
a erage
Type A1 (Top is sap side)

Type A2 (Top is heart side)

Type B1 (Small slope)

Type B2 (Larger slope)

Type C (Single flow)

Rainfall on specimens for 120 hours.
Show the result of the experiment in igure
.
As a result of compared Type A1 with A2, in the top, a rise
of moisture content ratio of Type A1 is high, and a rise of
Type A2 is low. On the other hand, in the bottom, a rise of
moisture content ratio of Type A2 is high, and a rise of
Type A1 is low.
As a result of compared Type B1 with B2, some
differences were seen in the moisture content, but we think
that, we are not related to the durability.
Therefore, rainfall at longer time, and necessary to confirm
the tendency.
Also, as a result of compared Type B1~F, we think that,
Type D is property shape for the durability, because
moisture content ratio is low.

Figure 27:

oisture content ratio comparison o

ype

an

Figure 28:

oisture content ratio comparison o

ype

an

Type D (A rhombus)
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Type E (An octagon)

Type F (Groove shape)

Figure 31: istri ution o moisture content o specimens
Figure 29:

oisture content ratio comparison o

ype

3.4. COMPARISON BY THE TIME OF RAINFALL
Case of Type B1 and B2, consider the relations of moisture
content ratio and time of rainfall.
A result, moisture content ratio of centre was high tendency.
( igure )
Also, time of rainfall is long, the moisture content ratio is
high, but the tendency that a rise is settled when it gets
closer to a constant numerical value was seen.
The tendency of moisture content ratio by the difference in
angle was not seen, but we think that, it is caused by the
fact that it was originally the wood which has high moisture
content.
Type B1 (Centre)

Type B2 (Centre)

Figure 30: Comparison o the moisture content ratio o a erage
Type A1 (Top is sap side)

Type A2 (Top is heart side)

Type B1 (Small slope)

Type B2 (Larger slope)

Type C (Single flow)

Type D (A rhombus)

Figure 32:
an

istri ution o moisture content ratio o

ype

Figure 33: Relations o moisture content ratio an time o
scatter rain o ype
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Figure 34: Relations o moisture content ratio an time o
scatter rain o ype

Figure 36:

oisture content ratio comparison o

ype

an

Figure 35:

Figure 37:

oisture content ratio comparison o

ype

an

Figure 38:

oisture content ratio comparison o

ype

4.

oisture content ratio comparison o

ype

an

DRYING AFTER RAINFALL

To confirm drying of specimen after got wet, after rainfall
for 24 hours, is dried for 72 hours.
The condition of the drying, indoors, temperature is 12℃
and moisture is around 40%. Also, dried naturally and
avoid direct rays of the sun.
Show the result of the experiment in igure
.
Type A1 dried from the top, but A2 dried from the bottom,
that is, dried from the heart side.
Type B1~F, the moisture content ratio of the middle is high,
and top is low.
The centre part of the specimen were not completely dried
by the 72 hours drying.
We think that, difference in drying is seen by a shape. But
the tendency was not seen.
Therefore, necessary to lengthen time for scatter rain and
drying, and to observe.

Figure 39: Comparison o the moisture content ratio o
a erage
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Type A1 (Top is sap side)

Type A2 (Top is heart side)

Type B1 (Small slope)

Type B2 (Larger slope)

Type C (Single flow)

Type D (A rhombus)

. CONCLUSIONS
Shown below is the result of this study.
By the rainfall simulation, we establish eight kinds of
specimens under the rainfall simulator with rainfalls for 24
hours, 72 hours, and 120 hours.
When the top is flat, because water is easy to collect by
surface tension, it contributes to the increase in the
moisture content.
A rhomboid (Type C) is the preferred shape of durability,
because it is a lower moisture content ratio than other
shapes.
Also, sap side is superior to heart side in the durability,
because the water moisture ratio is lower on sap side than
on the heart side.
When the top is slope rather than flat, moisture content was
low. We inferred that slope was effective.
By the drying experiment after rainfall, we confirmed that
the difference in the quickness to dry with every shape.
The moisture content ratio of the top was low, and the
tendency to dry from the top was observed.
We think the difference in drying is affected by the shape
of wood. It is seemed that the specimen did not dry
completely because the time of rainfall was too short.
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INNOVATIVE FAÇADE ELEMENTS OF WOOD WITH MODERN DESIGN
AND NEW TECHNOLOGY
Anna Pousette1, Camilla Schlyter Gezelius2
ABSTRACT: The project included product development and materials research. The aim was to produce a wooden
façade system with an attractive modern appearance and good constructive design with the help of modern
woodworking technology. Important requirements to consider were that the system should have a contemporary,
attractive expression and that the façade system should provide a product with high quality ambitions in terms of
environmental impact. It should also be flexible and easy to use for architects and designers who want to create unique
façades. The main focus in this study was about the visible wood surface appearance where the intention was to create a
varied surface with interesting innovative designs, with a method that make it possible to always create new patterns.
Two different façade cladding systems were developed by combining woodcraft tradition, new research, digital design
tools and industrial processes in the wood construction industry. Prototypes with patterned surfaces on both individual
boards joined together and on a system based on multi-layer solid wood panels were tested.

KEYWORDS: Façade design, cladding, glulam panel, CLT panel, surface design, CNC

1 INTRODUCTION 123
Wood can be used for building sustainable facades [1].
In many countries, such as Sweden, wood is the
traditional exterior cladding material in 1-2-storey
buildings. The facades are typically made of cladding
boards and the appearance of the exterior surface can be
varied by using vertical or horizontal boards with
different dimensions and profiles [2].
There is knowledge and experience in many northern
countries with traditional wooden facades of cladding
boards in terms of wood materials, finishing, fastening
and details [3]. High quality panels can be produced with
modern timber production methods and be combined to
optimize facade systems of wood regarding manufacture,
design and materials.
The hygrothermal performance of ventilated wooden
claddings has been systematically studied to secure that
claddings are designed to withstand local climate and
perform as a rain screen. [4]. Hygrothermal design has
become especially important because of new building
codes in many northern countries demanding better
1

Anna Pousette, SP Technical Research Institute of Sweden,
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Camilla Schlyter Gezelius, Schlyter / Gezelius Arkitektkontor
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insulated walls that provide a lower temperature, less
drying potential and thus higher risk of rot in claddings.
Architects recognize wood as a good facade material for
a range of buildings [5] and often play an important role
in the choice of façade materials, always in search of
new ways of expression and new possibilities.
Advantages with wood according to architects are good
machining properties, i.e. easy to form with tools and
easy to paint. Improved facade systems in wood are
needed but it takes long time to develop them, and the
maintenance aspect of especially painted facades can
also be a drawback when it comes to choosing wood as a
facade material. Though a big interest from architects for
wooden façade products and wooden façade systems
there are none with prefabrication potentials possible to
use in large facade surfaces.
New innovative wooden façade systems can contribute
to wood being considered as a contemporary building
material rather than a material associated with traditional
buildings in the countryside. A growing number of high
wooden buildings are being built today and this provides
opportunities to develop wood architecture.
Interest in bio-based materials increases among
environmentally conscious architects and builders [6].
An architect who wants a wooden facade with a new
expression must develop a new product, from the design
of the facade to the quality of the material and supervise
the contacts with carpentry. This process does not
encourage the use of wooden facades. Architects today
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are demanding the ability to choose complete systems
and systems of guarantees in terms of quality.
The idea was to create a façade system with patterns
suitable for multi-storey buildings creating new design
possibilities for architects [7]. Basis for the design ideas
in this project was a combination of traditional
craftsmanship and woodworking with modern
manufacturing methods. Traditional crafts and
knowledge about how to select, use and process wood
was combined with today’s wood industry. Past
knowledge about the use of wood can this way come
back to younger generations of engineers and architects
and create an interest in quality products of wood. There
is a growing interest for this and of health friendly
materials within the building industry.
By using 3D software there is an interesting opportunity
to design a façade system in a new way. Unique
solutions can be created with digital technology in
design and machinery. The work is based on digital
models for production and a digital and flexible
workflow from design to production allowing for
customized fabrication, taking into account specific
requirements of individual buildings, e.g. size.
In Sweden there is an acute need of building more
housing, both new permanent houses but also
renovations of old houses and building of temporary
houses. This type of façade system is designed to fit for
all these applications and be manufactured with modern
wooden building processes.
The aim of this project was to produce a wooden façade
system with an attractive modern appearance and good
constructive design with the help of digital software and
modern woodworking technology. The work in the
project was to investigate how different milling
techniques can be used for facade products, and study
possible patterns and limitations.

Pine and spruce was used in this project, particularly
because they are easily sourced in Sweden and most
often used in the manufacturing industry. Spruce and
pine are also easy to process.
It was required that the outer surface of the façade
element can withstand wear and tear, does not crack,
keeps moisture out and ages nicely. In addition, it was an
advantage if the façade element had suitable acoustic
properties. It was also desirable that the façade element
of a certain building could obtain a unique design such
that it enables the architect to express herself or himself.
The choice was to work with façade elements with a
uniform wood surface, that is strong, does not trap water,
obscures wear and tear, cracks less, and ages in a
beautiful way and that can be produced in a costefficient manner. The point of departure was that
untreated softwood ages nicely, and gives the facade a
natural weathered color variation.
The wood dimensions where chosen due to optimising
the manufacturing process taking in account cost,
quality, durability, design, material, transport and
installation. It has proven hard to find good quality
softwood of larger dimensions in Sweden, especially
since the amount of heartwood in the logs is not so large,
see Figure 1. This problem was solved by using glulam
boards and cross laminated timber (CLT) to obtain the
above.
Spruce glulam boards are single-layer solid wood panels
consisting of several pieces of timber glued together to
form one layer [9]. In this case they are made from
glulam beams, and have therefore typically nearly
standing annual rings. A certain width is required to mill
patterns on the boards, preferably at least 200 mm, and a
sufficient depth for the milling.

2 MATERIAL AND TESTING
2.1 Wood material
Design requirements for the wooden facade systems
were:
 A ventilated cladding with tight joints allowing no
water accumulation.
 Manage shrinking and swelling due to moisture
changes in the wood related to annual variations of
relative humidity.
 Manage moisture movements in connections and
joints, though these movements are assessed as small.
The choice was a system made of solid, untreated wood
in order to create a product with minimal environmental
impact. The first material choice was solid softwood of
spruce or pine heartwood, and preferably with annual
rings vertical to the face of the boards. Timber with
vertical and semi (half) vertical annual rings show less
deformation than plain sawn timber [8].
Wood from Norwegian spruce (Picea abies K) and Scots
pine (Pinus silvestris L) were chosen, and corresponding
North American species could also be suitable. Other
alternatives were aspen and oak, traditionally both used
as façade materials in the northern part of the world.

Figure 1: Examples of pine logs
CLT is a plate-like engineered wood product made of an
uneven number of layers (three, five, etc.) consisting of
side-by-side placed boards crosswise arranged at an
angle of 90° and connected by adhesive bonding. By
bonding the longitudinal and transverse layers together,
any warping of the wood and swelling or shrinkage is
reduced to a negligible level [10].
CLT with three layers are used for the façade elements.
The outer layer preferably comprises timber boards with
annual rings vertical to the face of the boards. This
provides a particularly uniform, durable and resistant
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outer surface. The façade elements should be connected
both horizontally and vertically with the use of rabbets.
This has the advantage of minimizing water seepage
between façade elements that are mounted. The size of
the façade elements, the dimensions and the quality of
timber has been optimized. The width of façade elements
is 1.2 m - 2.4 m and a length between 2.8 m - 6.0 m.

designer and the manufacturer are required to establish
clear specifications and checklists, and share a common
goal. There is a great potential of working in this way
with wood, and it is something that can contribute to
wood being regarded as a material for the future.

2.2 Milling and development of patterns
Existing modern digital processing technology can be
used for producing wooden façade elements, but it
requires a lot of optimization work to take into account
the wood properties. The size of the façade elements
must also be adapted to the production, transport and
assembly.
A wide variety of complex patterns can be obtained with
a computer numerical control (CNC) milling machine.
The design of the panels gives geometrical irregularities
on the surface, which accentuates the natural structure
and expression of the wood, this makes weathering an
aesthetically intentional and essential aspect of the
façade system, rather than an accidental side effect. The
design provides technical advantages by forming shallow
grooves which limits shape changes, visually controls
the aging process and facilitates water drainage. The
grooves also provide acoustic benefits, which can be
utilized both at external and internal use. The grooves
can be efficiently obtained milling the outer surface of
the façade element, see Figure 2.
The chosen process produces the most geometrically
irregular patterns in a simple, regular geometric process,
with the smallest amount of material waste possible. To
mill complex three-dimensional patterns, the tool must
go over the panel a number of times depending on the
design. An important question was to optimizing the
pattern and the time the CNC takes to create a pattern
since this is crucial when the goal being to produce a
large number of facade elements.
Varieties of patterns are obtained by combining radii and
tool paths and varying their relationships to each other,
see Figure 3. New patterns can by this method be
developed and adapted for a specific project.
Design with 3D-models played a major role in the
understanding of the articulation of the surface and the
construction of the façade system as a whole. The design
of the patterns needed to be adapted to the façade
system. The goal was to create a system that is suitable
to handle in wood construction industry.
Experience from previous tests revealed that there is a
time-consuming effort between designers and
manufacturers to optimize the design and format of
three-dimensional
computer
models
with
the
manufacturers' machinery.
The design and production process is a complex dialogue
between the designer and manufacturer. It takes time to
clarify and work out a number of design issues, for
example how to build the model, in the case of the
designer building it to give the correct information for
the manufacturer to program the milling machine.
To transfer a file from the designer to a control file into
the CNC milling is an obstacle here given a solution. It is
crucial to optimize the level of information. Both the

Figure 2: Example of pattern on surface (design protected)

Figure 3: Tests of patterns with different radii and depths

2.2.1 Milling possibilities and limitations
The dialogue between the manufacturers, architect and
researcher enriched the understanding of the system,
enabling the production of more concise drawings and
increasing the overall quality, efficiency and design of
the system as a whole.
Milling possibilities and limitations were investigated,
see Figures 4 and 5. This included a variable system with
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a collection of wood planks processed in three different
ways:
 milled with wood shaper
 planed in a pattern
 planed smooth.
Some problems were encountered during the milling
tests:
- wear on the tools because of large and hard knots
- peeling in the outer layer because of the joints in the
surface.
This was solved by increasing the quality of the wood
and using quarter sawn planks with annual rings
perpendicular to the surface. It was only the outer
exposed layer of the CLT boards that was milled and
where the quality was increased. The design of joints in
the outer layer was also important in order to avoid water
seepage.
After solving these issues the method seemed to have
great possibilities well worth investigating further. In
hindsight, it would have saved some time and progress in
the project at an earlier stage if the work with the milling
industry had started from the beginning of the project.

combined in endless ways making it possible for the
architect to design her or his own façade, see Figure 6.
Milling different patterns requires a unique tool for the
product, and the time required for the milling of the
desired pattern depends on the type of tool used. The
possibility of variation in the expression depends on how
many degrees of movement the milling machine allows.
A three axis milling machine can typically move the
cutter laterally in two perpendicular directions and updown. With a four-axis machine the cutter may move in
another direction, such as a rotation about a horizontal
axis, and so on. With four or five axis there are basically
endless possibilities to create patterns and expressions.

Figure 6: Computer modelling of different patterns on the
wood surface

Figure 4: Typical 3-axis milling machine

Painting has been tested on some patterned glulam board
surfaces. This provides additional possibilities for
variation of the surface and a different experience of the
patterned surface, see Figure 7.
Paint with easy maintenance has been used, of the type
Swedish red paint, an open coat that allows the wood to
breathe. The paint is aging without flaking and
repainting can be made after brushing off old loose paint.

Figure 5: Panel board with milled grooves

2.2.2 Patterns
The elements can have different patterns with varying
widths, depths and radii of the groves and they can be

Figure 7: Painted surfaces (design protected)
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2.3 Installation and connections of panels
The objective was a system that is easy and effective to
assemble and mount on wooden houses, but equally
suitable to mount on various types of building structures
and specifically designed to work on large facade
surfaces. The façade system should be produced in a
factory and transported to the building site where they
can be rapidly fastened to the framework of a building,
thus forming the façade of the building. This speeds up
the building process compared to building a traditional
wooden façade plank by plank on the building site. The
size of the elements must be manageable when installing
on the building site, and the elements must also be
transported to the building site without problems. These
requirements resulted in a maximum element size of
3x12 m.
An intention in the work has been to keep the number of
components at a minimum; at the same time it should be
possible to vary components to adapt to each building
for example to meet new building challenges.
The system is prepared for fitting a variety of floor- and
ceiling levels. The system can be fitted to match
different door and window dimensions and their
connections. Figure 8 shows the system with the same
size of all the facade elements with openings cut out.
Figure 9 shows the system where the façade elements
sizes are adapted to the openings.
The system also contains connection elements for inward
and outward corners, cornice and other details. This
required that the systems drawings had a high degree of
accuracy and precision and described a detailed
execution.
The facade elements have laps both vertically and
horizontally to make movement possible without gaps to
avoid water seepage.
When it comes to fire requirements, most countries with
experience of using wooden facades due to building
traditions have restrictions on the use of wooden facade
claddings [11]. The use of wooden facades can be
restricted to a maximum of stories or a maximum of area
on the facade. Proper design, detailing and control are
always needed for the fire safety in buildings.
Installation of active fire protection systems, e.g.
residential sprinklers, may allow wooden facades for
higher buildings in for example Sweden. In this project
sprinkler is assumed to be used for higher buildings, so
that the untreated wooden facades can be used on higher
buildings. The fastening elements for the façade system
are assumed to act as firestops in the air gap behind the
cladding.
Mounting brackets in steel attached to the frame of walls
were designed making it possible to mount the elements
by “hanging” them on the brackets. It was important that
all fasteners were screwed from behind to ensure good
durability. The horizontal steel brackets are perforated
with small holes for ventilating the air gap and adapted
to work as fire stops.
The elements should when delivered have a moisture
content of about 18% which would correspond to the
average equilibrium moisture content in Sweden. The
average movement (shrinkage or swelling) of pine and

fir in both radial and tangential direction is about 0.26 %
change in percentage of moisture content change [12].
Moisture movements are, however, different in different
directions but in a board the annual growth rings are
often curved and therefore the board has rarely pure
tangential or radial shrinkage. The shrinkage is half as
big (measured over the width) if the board is sawn in the
radial direction than in the tangential direction, that is,
with vertical annual rings.

Figure 8: Façade with same size of elements

Figure 9: Façade with different size of elements
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2.4 Prototypes
Prototypes in scale 1:1 have been built showing both
board system and multi-layer panel system. Now, when
it is design protected and patent pending, the project can
be shown [13, 14, 15].
Prototypes have been made during the project in order to
assess patterns, mounting, fabrication, construction and
design. This has proven to be a good method to test the
designs.
Patterns were figured out in the small prototypes, see
Figures 12 and 13, and in the larger prototypes mounting
and how the elements are connected between each other
have been tested but also how they connect to doors,
windows and corners etcetera, see Figure 14.

Figure 12: Small prototypes tests of design patents

Figure 14: Full-size prototype with CLT- and board façade
elements, test of connections

3 RESULTS

Figure 13: Prototypes with different surface patterns tests of
design patents

Different systems have been developed by combining
woodcraft tradition, new research, digital design tools
and industrial processes in the wood construction
industry.
The first system has patterned surfaces on individual
boards that can be joined together to a façade element.
The other system is based on multi-layer solid wood
panels (CLT – cross-laminated timber). Installation costs
are very important for the facades and quick installation
with large elements should be an advantage. An
important detail is thus the mounting system for
attaching the panels. A development of the board system
is the use of glulam boards, single-layer solid wood
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panels, with larger widths than common boards which
provide another scale of the facades.
The result shows that using digital design software can
contribute and evolve both efficient design and
manufacturing, see Figures 15 and 16.

Figure 15: Façade cladding made of boards (design protected)

4 CONCLUSIONS
A façade cladding has an aesthetic function in addition
to the function of protecting the structure against
weathering. This project focused on attractive and
aesthetic façade surface, but in regard to other
requirements of a facade made of softwood. Basis for the
design ideas in this project was investigating traditional
craftsmanship and woodworking and modern
manufacturing methods.
Materials, manufacturing and managing of new façade
elements have been studied. Different boards and panels
may be material for the milling process. A variety of
patterns are obtained by combining radii and tool paths
and varying their relationships to each other.
Design with 3D-models played a major role and the
transfer of information to the CNC milling machine.
Patterns were optimized to minimize the time the CNC
takes to create a pattern and minimize the waste. The
design of the patterns was also adapted to the façade
system and its connections, function and softwood.
The work was based on digital models for production
and a digital and flexible workflow from design to
production allowing for customized fabrication, taking
into account specific requirements of individual
buildings, e.g. size.
Innovative façade elements of wood that are produced
with modern design and new technology can lead to a
higher proportion of wood products used in the
construction industry.
The façade systems can be developed further with regard
to size, mounting and the design, but also with designed
corner and connection details.

ACKNOWLEDGEMENT

The authors acknowledge Stiftelsen Nils och Dorthi
Troëdssons
forskningsfond,
Bygginnovationen/
Vinnova, Väx med skogen/ Skogsstyrelsen for providing
funding.

REFERENCES

Figure 16: Elements made of CLT panels with different
patterns (design protected)

[1] Pousette A., Sandberg K., Ekstedt J. ,Träfasader
Handbok, SP Report 2007:09, SP Technical
Research Institute of Sweden, 2007. (In Swedish)
[2] Traefacader,
udvendige
braedbeklaedninger,
Traeinformation, Lyngby, 2008, ISBN:978-8790856-85-4 (In Danish)
[3] Brandstätter M., et. al., Holzfassaden : Rohstoff,
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DEVELOPMENT OF A LONG SPAN SELF-SUPPORTING COMPACT
FAÇADE SYSTEM FOR INDUSTRIAL BUILDINGS
Roman Hausammann1, Steffen Franke2, Marcus Schiere3, Nicolás Giordano Ernesto4

ABSTRACT: Common compact façade elements are usually not self-supporting over a span of more than 5 m. For hall
buildings self-supporting façade systems are essential to avoid an additional secondary load-bearing structure. PUR
sandwich panels, fiber cement boards or aerated concrete elements are widely used. Façade systems made out of timber
components or wooden materials are often used for residential or office buildings in Switzerland or other European
countries. A wood-based compact façade system doesn’t exist. The innovative approach is to combine weather-resisting
particleboards as inner and outer layer with a core insulation made by soft wood fiber or cork board. The core insulation
and the composite behavior were investigated in order to fulfill the physical and static requirements of three different
scenarios (production halls, warehouses and sports halls).
KEYWORDS: Wood-based materials, compact façade element, hall construction, structural response sandwich panel

1 INTRODUCTION12
Compact wooden façade elements are usually not-selfsupporting. Particularly for hall buildings self-supporting
systems are essential to avoid an additional secondary
load-bearing structure. PUR sandwich panels, fiber
cement boards or aerated concrete elements are widely
used. A self-supporting wood-based compact façade
system doesn’t exist. The innovative approach is to
combine weather-resisting particleboards as interior and
exterior layer with a core insulation made by soft wood
fiber or cork boards, see Figure 1.

building cladding. One of the project goals is to develop
a sustainable and competitive façade system. Once the
system is developed, market share has to be gained from
the PUR sandwich panels.
For the study three scenarios were analyzed: sports halls,
production halls and warehouses. Each scenario results
in different resistance to indoor and outdoor climate of a
representative location in Switzerland which constitutes
the basis for the building physics requirements.
Simulations were carried out to obtain minimal material
dimensions.

The objective of this study is to develop of a 3-layered
sandwich element as a self-supporting (span ≥ 6m) and
space-enclosing façade element, which should work also
as shelter against the weather. The element composed of
outer layer, thermal insulation and inner layer has to be
completely constructed with wood-based materials.
Switzerland has a prosperous non-residential building
industry. Approximately 1.05 million square meter
industrial façade is built every year. The steel-PURsandwich panel construction system is the most
commonly used method to realize a cost effective
1
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Figure 1: Construction of the compact façade elements

Also, tests concerning the strength and stiffness of the
fibreboards were performed to obtain shear strength of
the insulation boards in different directions. This was
necessary in the scope of the panel design concerning
static load resistance. Experiments to determine glue
type and quantity for the assembly of the panel structure
were performed as well. Furthermore, numerical studies
concerning the expected displacements and requirements
to connections were made, as final tests to know the
strength and stiffness behaviour of the whole panel were
not performed yet at time of writing.
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2 MARKET POTENTIAL AND
FINANCIAL ASPECTS
The new compact façade system is predestined for large
buildings with tall floor levels and big opaque façade
surfaces. These kind of building structures are
commonly seen in the non-residential construction
sector. 27.7% of the Swiss buildings are used for offices,
industry or retail purposes [1], see Figure 2.

made with a core insulation of 120 mm polyurethane.
According to an offer for the wall panel WFP 1150 TF
the price would be CHF 38.20/m2 (excl. taxes and
delivery). It was suggested that the price of the new
wood-based compact façade system shouldn’t exceed a
common compact façade system with comparable
properties by 30%.

3 BUILDING PHYSICS
3.1 PANEL CONCEPTS AND MATERIALS
Two different inner core layups are considered in order
to fulfill the compact façade panel strength and stiffness
requirements: one in which the inner core material is
oriented in parallel direction to the panel, the other in
which is it set up perpendicular to the panel, see Figure
4. This was done to comply with possible strength
requirements of the panels, also discussed later.

Figure 2: Percentage distribution according to the intended
building purpose in Switzerland [1]

Market analysis of used façade cladding materials show
that glas- and metal façade by far have the highest
market share in the non-residential construction sector
[2], see Figure 3.

Figure 4: Considered insulation panel layup directions

The two layups required extra studies, not only
concerning strength properties, but also concerning
insulation properties. The materials considered for the
inner core layer are regular insulation fiber boards,
produced either in wet or dry production methods, and
cork material. The outer board is a weather resistant
particleboard.
3.2 REQUIREMENTS TO PERSONAL
COMFORT

Figure 3: Development of the market share of different façade
materials in the non-residential construction sector [2]

Between 2012 and 2015 a total of 9298 new nonresidential buildings were officially approved in
Switzerland (on average 2324 buildings per year) [3]. If
an average building size of 10 x 40 x 5 m has a façade
surface of 500 m2, and less than 15% of the façade is
covered by window- and door surface, a market potential
of 1.05 million square meters could be calculated.
According to recent price analysis a metal facade is the
cheapest option to realize the whole building cladding of
an industrial building. A 200 mm thick compact façade
element with rock wool insulation and steel sheeting
costs CHF 60.80/m2 (28.11.14, excl. taxes). The cheapest
façade system suitable for the three proposed scenarios is

In order to guarantee a thermal comfort inside the hall,
different requirements for the indoor climate have to be
taken into account [4], see Figure 5. The figure shows
the relation between activity, clothing, and perceived
temperature in order to allow for enough comfort of the
people in the building.
The required indoor temperatures for three scenarios are
shown in Table 1. Together with the outdoor
temperatures of a representative town in Swiss middle
region, i.e. excluding the Alp and Jura mountain ridges,
they constitute the boundary conditions to the evaluation
of the façade element insulation capability.
Table 1: Resulting temperatures for each scenario
Scenario
Clothing
Activity
Temperature
1 Production
2 Warehouse
3 Sport

1.50
1.50
0.30

2.0
2.0
3.0

12 °C
20 °C
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Weather data from the station in Payerne (CH-1530) was
used from a MeteoSwiss weather station which
contained:
- Air pressure,
- Air temperature 2 meter above ground,
- Relative air humidity,
- Perception,
- Solar radiation, and
- Wind direction and speed.

Figure 5: Optimal perceived temperature as a function of
clothing and activity, according to SIA 180:2014.

According to SIA 180:2014, the thermal transmission
coefficient of wall-elements should be less or equal to
0.40 W/(m2K) in order to fulfill the requirements
regarding thermal comfort. A first idea of the required
insulation thicknesses for the three different building
types in mind is shown in Table 2. With the chosen
layup, design requirements to avoid surface
condensation and the growth of mold should also be
fulfilled.

The weather data was obtained from 1 January 2012 to 1
August 2015 with a frequency of 1 hour. The weather
data was used to calculate the necessary insulation board
thicknesses. Risk of condensation and mold was later
calculated with Flixo [8].
3.4 RESULTS OF SIMULATIONS WITH WUFI
The dynamic U-values were calculated for all cases and
are visualized in Figure 6. The figure shows the
insulation values for the core layer oriented parallel to
the panel surface with a thickness of 105 mm. The
insulation properties vary due to seasonal moisture
content changes of the different panel layers.

Table 2: Insulation's thickness for the different building
scenarios
Scenario
Insulation
Thickness [mm]
1 Production
2 Warehouse
3 Sport

Soft wood fiber board
 = 0.05 W/(m*K)

55
55
105

3.3 SIMULATIONS FOR ESTIMATION INDOOR
CLIMATE AND PANEL THICKNESS
WUFI [7] was used to investigate the dynamic insulation
properties of the panels used for the sports hall. The
model input parameters given in Table 3. The insulation
layer considered is fiberboard. The table shows that two
insulation property values for the insulation layer are
used, of which the second value is increased 50%. The
increase is recommended by the manufacturer and is due
to the orientation of the wood fibers which are in the
direction of the heat flow now.
Table 3: Material input parameters used in simulations: (pa):
parallel orientation and (pe) perpendicular orientation layer 2.
c
µ

r
[J/kg*K]
[-]
[kg/m3]
[W/m*K]
1, 3
664
2500
0.12
92
2pa
168
2100
0.044
3.3
168
2100
0.066
3.3
2pe*
* +50% for the core board perpendicular to panel surface

Three different options were used in the simulations
leading to eight different cases. This concerned the
facade:
- being oriented west or north,
- being built into a high or low building, and
- being loaded by either high or low inner vapour
loads.

Figure 6: Visualisation of obtained thermal transmissionvalues for all eight cases considering parallel core layup, core
thickness 105 mm.

As observed, boards provide a slightly higher insulation
than the required minimum of 0.4 W/(m2K) . In case the
inner core board is placed perpendicular to the outer
particle board, a 50% increase of heat conduction values
has to be used as shown in Table 3. This also meant that
the core thickness had to be increased from 105 mm to
160 mm. The results of the WUFI simulation, again for
the eight different façade scenarios, are shown in Figure
7. As observed in the figure, the thermal insulation
requirements are fulfilled by increasing the core
thickness 55 mm.

Figure 7: Visualisation of obtained thermal transmissionvalues for all eight cases considering perpendicular core
layup, core thickness 160 mm.
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3.5 MOISTURE CONTENTS OUTER BOARDS
AND INNER CORE
Through WUFI, the varying moisture content of the
particle boards on the outer panel board layers and the
inner core layers also calculated. Layer 3 of the panel is
in contact with weather and therefore contains the
highest variations in moisture content. The further
variation of the moisture content of layers 1 and 2 then
depend on the vapour load induced by the building use,
and the loads coming from layer 3.

lowest temperature found in the corner is 16.0°C. The
dimensionless fRsi is 0.88. The fRsi for the Payerne region
is required to stay above 0.71 to prevent vapour
condensation. Similar calculations were also made for
the formation of mold, where the fRsi is required to stay
above 0.70. Results from the cases have all shown that
the required values for condensation and mold were not
exceeded.

The condition containing the highest variations in
moisture content between panel layers 1 and 3 was when
the façade was placed on the building’s west side with a
high façade height and high inner vapour load, see
Figure 8. A more detailed overview of the highest and
lowest moisture content variations is given in Table 4.
These results will partly be used in calculations of
structural response of the panel.

Figure 9: Example of obtained values from Flixo for extreme
temperature load cases
Figure 8: Example of moisture content variations in the
different panel layers
Table 4: Calculated moisture content in heaviest and mildest
conditions
Moisture content [%M]
Heaviest
Mildest
condition
condition
Average layer 1, 3
13.9
11.8
Maximum layer 3
25.1
19.4
Minimum layer 1
8.2
7.3
Average difference
7.6
5.9

The moisture transport calculated by WUFI does not
include effect of the particle boards being weather
resistant, nor do they include effect of glue lines, which
are generally known for blocking moisture transport.
Both effects could reduce variations in calculated
moisture contents.
3.6 VAPOUR CONDENSATION AND MOULD
RISK CALCULATED WITH FLIXO
The SIA 180:2014 norm also requires a check of the
condensation and mold risk in building corners, which
was calculated with Flixo. The calculation is static, but
the SIA 180:2014 norm suggests input parameters,
through which yearly requirements can be fulfilled. An
example of the result of the Flixo-calculation for a
building corner with the insulation board oriented
perpendicular to the panel surface is observed in Figure
9. The inner building envelope temperature is 20°C,
whereas the outside temperature is set to -12.5°C. The

4 STRUCTURAL RESPONSE
4.1 STRENGTH REQUIREMENTS
After the analysis of the different structural load cases,
the strength requirements for the material properties
were defined, see Table 5. The table shows the strength
requirements for the particle boards and the insulation
boards in different directions. The calculations were
made with the assumption that the stiffness of the inner
core material was negligible compared to the stiffness of
the particleboard. The analysis of the load cases showed
that the main load to be considered is horizontal pressure
by wind and self-weight of the 6 meter long panel.
Table 5: Required strengths for the different panel layers
Particleboard

Needed
strength

fm,d,ver ≥ 0.9 N/mm2
fm,d,hor ≥ 4.7 N/mm2
- Shear strength
fv,d,ver ≥ 0.2 N/mm2
fv,d,hor ≥ 0.06 N/mm2
- Compressive strength fc,d,hor ≥ 3.9 N/mm2
- Tensile strength
fc,d,hor ≥ 3.9 N/mm2

- Bending strength

Wood based insulation board

Needed
strength

- Shear strength

fv,d,hor ≥ 0.1 N/mm2

WCTE 2016 e-book | 3377

4.2 SHEAR STRENGTH FIBER BOARDS
Shear strengths of wood based insulation boards loaded
parallel to their plane were not found. Experiments had
to be carried out to determine this for the panel layup in
which the insulation board would be placed parallel to
the panel plane. Shear strengths for fiber boards loaded
perpendicular to their plane were known however [5].
A different range of insulation boards was considered.
These were fiber boards produced through wet and dry
gluing process, and cork boards. For the execution of the
in plane tests, 10 specimens were prepared per material
type, density and thickness. Left-overs from the
experiments were used to verify shear strength with
literature values found for perpendicular to the plane
strength. Their shear strength was expected to be a
higher than the shear strength parallel to plane.
A picture of the test setup of the in plane (left) and
perpendicular to the plane (right) loaded board is
observed in Figure 10. A list with the different boards is
presented in Table 6, along with related work performed
by Dachs [6] and results of the different tests, also plot in
Figure 11.

The tests were performed according to DIN EN
789:2004. The real material density was measured with
X-ray technique using the DAX 5000 von GreCon.
Following the results, the following equation is
suggested for the out of plane shear strength of fibre
boards:
,

3.82 ∙ 10

.

(1)

As observed however, only board type B could fulfill
requirements to the shear strength of fv,90 ≥ 0.1 N/mm2
when loaded parallel to the plane it is loaded in. The
cork-boards do not fulfill the requirements for shear
strength. Of the boards loaded perpendicular to their
plane, only the ones with density of 190 kg/m3 or higher
fulfill the required shear strength properties.
Placing the insulation material either perpendicular or
parallel to the panel plane was mainly induced by these
results.

Figure 10: Picture of the tested sample to measure the out
of plane (left) strength and test setup to test the in-plane
(right) shear strength according to DIN EN 789:2004
Table 6: Overview of measured densities, plate thicknesses and
shear strength of tested boards (D = dry gluing process, W =
wet gluing process, C = cork)
measured
density

board
thickness

in plane
strength

perp.
strength

kg/m3

mm

kPa

kPa

A (D)
F (D)
I (D)
B (D)
C (D)
Dachs
D (W)
H (W)
E (W)
G (W)

114
118
185
205
202
234
182
163
232
237

60
100
155
35
60
80
60
100
60
100

14.4
20.7
47.3
112.1
85.7
48.5
28.2
15.6
73.3
68.5

93.7
66.8
325.7
409.3
346.6

J (C)
K (C)

117
106

60
100

39.3
46.3

Board

118.9
495.2

Figure 11: In plane and perpendicular to the plane shear
strengths. The black dashed line in the bottom figure
represents the equation obtained by H. J. Blass and G.
Gebhardt [5]

4.3 DEVELOPMENT OF COMPOSITE
STRUCTURE AND CHOICE OF GLUE TYPE
The composite structure, i.e. the outer plates and the
insulation core material, will be glued together. Since it
was expected that the inner insulation board would
absorb a lot of glue, tests were carried out to determine
the type of glue and the required quantity.
Different PUR and PVAc glues were used to determine
the effectiveness and glue/surface ratio range of each
adhesive system. Core board thickness in these tests was
50 mm, and panel samples of 100 x 100 mm were
produced. The glue was applied with a vacuum press
(0.1MPa pressure). The results of these tests were used

WCTE 2016 e-book | 3378

to perform additional tests in which the glue quantity
would be determined.
The tests were performed according to SN EN
1607:1996. In these tests, the specimens were subjected
to out of plane tension and assessed according to ratio of
substrate, interface, or bond failure. These failure ratios
per glue type are observed in Table 7. Two specimens
per glue type were used in first tests to determine the
performance of different glue types. Ten specimens were
used in the refined tests.
Table 7: Summary of exploratory tests and refined tests to
determine glue type to be used
Failure type [%]
Glue type
Quantity
Bond
Interface Substrate
n=2
g/m2
A (PUR)
160
50
50
B
160
100
(PVAc D3)
200
50
50
C
160
100
(PVAc D4)
200
100
200
100
D
(PVAc D3)
240
50
50
+filler

n = 10
C.1
C.2
C.3

120
160
200

Refined tests
100
90
40

10
60

The PVAc D4 glue, Geistlich Miracol 8F1 in
combination with a hardener, gave best overall results
during the exploratory tests. This glue was then used in
the refined tests in which the performance of the glue
was analysed in more detail. It was observed that the
combination C.3 did not give optimal, but acceptable
results. In all tests, the insulation layer was placed
perpendicular to the panel plane.

Depending on the core thickness being 105 mm or 160
mm, the displacements in horizontal direction at the
panel surface will be 2.7 mm or 1.8 mm, respectively.
This is measured from the centreline to the edge of the
total panel, i.e. centre core board, to the outer surface of
the particle board.

Figure 12: Expected displacements at the centre and edge of
the panel due to wind loads.

The displacements at the panel edges due to wind loads
are not expected to be governing for the final design of
the fastenings and joints. The horizontal displacements at
the joints are expected to be larger due to hygroscopic
behaviour of the particle boards.
A hygro-expansion factor of 0.15% per percentage
moisture content change will give displacements of 9
mm per percent moisture content change in the outer
layers, i.e. 1 and 3. The average horizontal displacements
of a panel, assuming that the panel would be produced
and installed at a moisture content of 12%, are shown in
Figure 13.

4.4 EXPECTED DISPLACEMENTS AND
DEFORMATIONS
The expected displacements and deformations do not
only result from wind forces, but also displacements due
to the hygro-scopicity of the wood based material are
expected.
The out of plane displacements due to structural loads
are expected to be caused by wind load. Displacements
at a wind-pressure of 1.17 kN/m2 are expected to be 71
mm or 34 mm at the panel centre, depending on the
thickness of the core board being 105 mm or 160 mm
respectively, see Figure 12. The calculations were
performed in the assumption that the inner core material
would not contribute significantly to the general bending
stiffness of the panel. This should still be determined in
experiments were large panels will be produced.
The displacements at the edges are not very important
from a structural point of view, but will be when the
panel needs to be connected to the supporting structure
and a weathertight building skin needs to be made. This
will be discussed later with results of the WUFI
calculations.

Figure 13: Estimated average in plane deformations due to
hygro-scopicity of the particle boards for the 160 mm core
thickness panel.

The differences in moisture content used in the
calculation are equal to those observed in Figure 8. The
calculations were done using simple equations, assuming
that the inner and outer particle board reacted
independent and that no inner stresses were generated
during the varying seasonal moisture contents. A total of
roughly 20 mm swelling and shrinkage is observed from
the average.
More advanced programs can be used in which the
material properties are taken into account to a more
detailed level. Then the out of plane deformation could
also be calculated.
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4.5 FASTENINGS TO STRUCTURE AND JOINTS
The idea is that the ends of the panels will be connected
to the main structural system of the building. The
connections must resist (a combination of) vertical
gravity and horizontal wind forces, and be capable of
taking the in plane displacements induced by the varying
seasonal moisture contents. Apart from that, the joints
must provide a weathertight building envelope.
4.6 EXPERIMENTAL TEST PROGRAM
Further test program will focus on determining the
overall strength and stiffness of the board. In these tests,
the effectivity of the sandwich panel will be tested
through bending shear tests for example. These tests are
focused on determining the rolling shear of the core
material and described in norm FprEN 16351:2013.
Additionally, tests to determine the overall bending
stiffness of the panel will be tested according to norm
SN EN 408:2012.

5 CONCLUSIONS
The market analysis research has shown that there is a
large potential for new facade systems. No selfsupporting, weather resistant wood based façade system
of more than 5 m is currently available.
In order to resist horizontal shear forces due to wind, the
inner core material, wood fiber board with a density
higher that 190 kg/m3, needs to be placed perpendicular
to the panel plane. Due to this arrangement, perhaps
more work needs to be carried out during production and
assembly of the panel. Tests showed that cork would not
fulfill the strength requirements.
Investigation of the building physics resulted in an inner
core thickness of 105 mm or 160 mm, depending on the
orientation of the wood fiber board and use of the
building. The larger thickness would satisfy the comfort
requirements inside a sports hall. It would also satisfy
requirements to vapour condensation and mold
formation on the panel surface.
The economic aspect of the system has to be proven in
further investigation. Further work also includes
development of connections to the structural support
system and joints between the elements.
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BIO4EVER PROJECT APPROACH FOR MODELLING OF BIO-BASED
BUILDING MATERIALS WEATHERING
Anna Sandak1, Jakub Sandak2, Bruno Simões3
ABSTRACT: The Bio4ever project is a multi-disciplinary research dedicated to fulfilling gaps of lacking knowledge
on some fundamental properties of novel bio-based building materials. Investigated bio-materials will be characterized
before and during degradation by biotic and a-biotic agents. The experimental data obtained will be used for
development of the numerical models simulating the material deterioration in a function of time and exposition.
Accurate service life time prediction, service life costing and aesthetical performance models of recently available biobased building materials are foreseen as the most important deliverables. Dedicated algorithms simulating material
modifications by taking into account original material characteristics and degrading process parameters will be
developed at the micro, mezzo and macro scale. The appropriate numerical tools, able to capture the multi-scale
evolution of damage will be tested under realistic conditions within field trials and surveys on structures in service.

KEYWORDS: bio-materials, service life performance, weathering, multi-sensor characterization

1 INTRODUCTION 123
Construction marker is one of the major employment
sectors across the EU (496 billion € of value added). The
sector provides 20 million direct jobs and contributes to
about 10 % of the EU‘s GDP. It represents a large
proportion of the consumption of the earth's nonrenewable resources in terms of: materials used for
construction and energy consumption for operation of
buildings.
The trend for rapid deployment of novel/advanced
material solutions at reduced-costs through predictive
design of materials and innovative production
technologies is observed nowadays. Such materials are
optimized for specified applications, assuring at the same
time expected properties and functionality at elongated
life, minimizing the environmental impact and reducing
risk of product failure. As a consequence, higher
numbers of well performing (also in severe
environments) construction materials are available on the
market.
Bio-materials, other than wood, defined here as materials
derived from organic sources, become also recognized as
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attractive alternative to many traditional building
materials. The expansion of bio-based products
availability and its wide utilization in modern buildings
is a derivative of the Europe 2020 strategies. According
to European Commission in 2010 the European market
volume for bio-based products represented € 28 million,
it is foreseen that this amount would reach € 57 million
in 2020. It is also forecasted that market volume of biocomposites will grow from 372 to 920kt from 2010 to
2020 [1]. Consequently it is estimated that bio-materials
will play an increasingly important role in the future, in
order to assure the full sustainability of the construction
sector.
In Italy 1 on 12 buildings are made of wood and growing
tendency is observed nowadays. Bio-based materials are
often used for retrofitting of existing structures, upward
construction or vertical gardens.
According to Eriksson [2] three development priorities
are currently related to the main products:
• structural components; there is a need for
developed wood products - Engineered Wood
Products, high strength wood, moisture resistant
sills, light-weight beams/joists of biocomposites, sandwich panels for exterior walls.
• insulation; there is a need for compactable bats
of cellulose insulation, environmentally friendly
fire impregnation, high-performance insulation
that provides thinner walls, insulation,
optimized for soundproofing.
• barrier materials; there is a need for bio-based
wind and vapour barrier for moisture-proof
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exterior walls, waterproofing for wet areas,
façade and roofing materials with improved
durability and serviceability.
Third category is in direct interest of the BIO4ever
project.
Bio4ever is a multi-disciplinary research dedicated to
fulfilling gaps of lacking knowledge on some
fundamental properties of novel bio-based building
materials.
The two driving objectives of the project are:
• to promote use of bio-materials in modern
construction by understanding/modelling its
performance as a function of time and
weathering conditions
• to identify most sustainable treatments of biomaterial residues at the end of life, improving
even more their environmental impact.
A key issue in building construction is durability and
performance. Biomaterials used for building purposes
allow integration of the structure with surrounding
environment. In some cases the aged look of structures is
appreciated, in some cases, discoloration affect
aesthetical performance. However in extreme cases the
structures may become decayed and create risks for
users. Natural weathering cannot be avoided, but we may
understand this process and predict the appearance
changes along time.
Even the most beautiful structure will loosen its
attractive outlook along the service life (Figure 1)
resulting in possible disappointment of customers. In the
modern society, the facade end of life is often not related
to the loss of functional performance, but rather to
aesthetics.

Figure 1: Appearance change of the unprotected wooden
structure in time

Aesthetical aspects of service life, specific consumer
demands and preferences, as well as the functionality of
building assemblies are of central focus of the BIO4ever
project.

2 MATERIALS AND METHODS
2.1 EXPERIMENTAL SAMPLES
New developments in the field of wood modification
offer innovative products with enhanced properties of
natural timbers is observed. These include novel bio-

based composite materials (fibreboards, particleboards),
as well as more effective and environmentally friendly
protective
treatments,
e.g.
thermal
treatment,
densification and chemical modifications (acetylation,
furfurylation). Similar revolutionary progress is observed
with surface treatments including innovative coatings,
impregnations or integration of developments of
nanotechnology for wood protection.
The samples investigated within the project represent all
above mentioned groups. 25 companies & research
organization from 16 countries formed the project
consortium and provided samples of bio-materials best
performing on the building facades.
The experimental samples include different wood
species from various provenances, thermally and
chemically modified wood, composite panels, samples
finished with silicone and silicate based coatings, nanocoatings, innovative paints and waxes, melamine treated
wood, copper treated wood, bamboo cladding,
reconstituted slate made with bio-resin and samples
prepared according to traditional Japanese technique:
shou-sugi-ban. Consequently, nearly one hundred
various bio-materials are currently under investigation.
2.2 WEATHERING TESTS
Weathering is the general term used to define the slow
degradation of materials exposed to the weather
condition. The rate of weathering varies within timber
species, function of product, technical/design solution,
finishing technology applied but most of all on the
specific local conditions.
The process leads to a slow breaking down of surface
fibres, their removal, and in consequence to a
roughening of the surface and reduction of the
glossiness. The formation of discontinuities on the
wooden surface can cause penetration of the wooddecaying biological agents into the material structure and
influencing mechanical performances of the load-bearing
members.
Four different approaches are used for controlled
samples degradation:
• Natural weathering of bio-materials on the
living laboratory - installed at CNR-IVALSA
(San Michele All'Adige, ITALY).
Experimental samples will be exposed for
different
weathering
doses/periods
and
characterized in the laboratory with several
laboratory instruments.
Two replicates of biomaterial per cycle will be
intensively investigated in order to understand
kinetic of degradation of various facades
materials. The structure before installing
samples is presented in Figure 2.
For all the period of natural weathering the
meteorological data will be acquired and
directly linked with materials characteristic, as
proposed recently by Burud [3]. It will be later
used for development of the “dose-response”
model.
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b)

Figure 3: Robotized stand used for natural weathering of
investigated bio-materials (a) with variable inclination (b)

•

Natural weathering of bio-materials on the
model structure is planned in order to
investigate influence of architectonic details on
degradation intensity and rate. Construction
solutions are influencing the weathering
intensity.
Figure
4
presents
uneven
discoloration of wooden facades. It can be
clearly seen that windowsill creates a direct
protection for cladding.

Figure 2: Prototype structure used to expose samples of
investigated bio-materials to the natural weathering

•

a)

Natural weathering on the robotized stand. The
stand will assure exposure to South and variable
inclination from 23° to 70° depending on the
season – Figure 3. All samples will be
automatically characterized weekly with a multi
sensor scanner installed on the stand. The
robotized stand will host digital camera, VIS
and NIR spectrometers as well as a gloss meter.
Moisture and temperature on the not exposed
side of samples will be continuously monitored.
Three replicates per bio-material will be
installed in order to assure statistical reliability
of results.

Figure 4: Example of not uniform discoloration of the facades
due to natural weathering

•

Artificial weathering tests with SUN-test, QUV
according to UNI EN 927-6 standard and
custom weathering machine.
Weathering campaign by using state-of-the-art
artificial weathering instruments is foreseen in
order to compare performance of investigated
materials. In addition, the custom machine,
designed exclusively for the purpose of the
project, will accelerate weathering simulating
varying weather conditions during service life.
The prototype machine is composed of two
chambers (Figure 5). First is simulating the wet
winter season with lights emitting UV-reach
radiation. The second chamber simulates a dry
and hot summer, having the light sources
emitting radiation similar to that of Sun. It is
foreseen that cyclic changes of weathering
condition will allow highly accelerated
degradation of the samples.
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Artificial weathering tests are foreseen to
include at least three replicates of each
investigated bio-material.
summer

sensor 2

sensor 3

pre- processing

pre-processing

pre-processing

…

sensor n
pre-processing

2.3 SAMPLES CHARACTERIZATION
Important issue when evaluating materials performance
is to assure as much as possible objective approach. Each
sample will be therefore investigated at the initial (brand
new) state and at various stages of ageing/degradation.
A multi-sensor measurement chain, including both
laboratory and on-site techniques, for the acquisition of
properties at different scales (molecular, microscopic,
macroscopic) is currently used for data acquisition.
Routine material characterization includes:
• photogrammetry
• moisture and density (by means of x-ray
tomography)
• Vis, near and mid infrared spectroscopy and
hyperspectral imaging
• IR thermography
• surface
characterization
(colour,
gloss,
wettability, roughness)
• X-Ray Fluorescence spectroscopy
It has to be mentioned that beside out-off-the-shelf
laboratory equipment series of prototype instruments
will be developed for precise characterization of
materials surface.
A data base of comprehensive characteristics/material
properties at initial stage and their depreciation during
long-term service will be scrutinized as a result.

3 MULTI-SCALE MODELLING
CONCEPT
3.1 DATA FUSION
The approach of materials/buildings monitoring by using
multiple sensors simultaneously has become more
frequent due to better representation of the real-life
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models
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DECISION

application
fields

data fusion

Figure 5: Schema of the artificial weathering machine used for
samples weathering

various algorithms for
multivariate data analysis

different
data types

sensor 1

available
sensors

sample
/case

winter

scenarios. In this case fusion of different sources of
information is fundamental, which in many cases is a
challenging task [4]. It is due to complexity of the
optimal sensor selection, measurement strategy, signal
processing and interpretations of results [5].
Similar concept as proposed previously by authors [6]
will be used for the data fusion within BIO4ever project
(Figure 6).

Figure 6: Multi sensor approach combined with multivariate
analysis for assessment of timber structures [6]

The high number of data or signals to be managed as a
result of measurement with several sensors is often
problematic. It is important, therefore, to assure proper
pre-processing of the signals from sensors, appropriate
data fusion and optimal data analysis. The extensive set
of reference data will be used for data mining.
Multivariate
data
analysis
(MDA),
including
chemometrics, will be applied here for processing and
generalization of the knowledge.
Following aspects will be explored within the BIO4ever
project:
• selection and evaluation of the most suitable
signal pre- and post- processing algorithms
aimed to the extraction of most useful
information from the raw data sets
• elaboration of “Data Fusion” procedures for the
integration of the data obtained from different
analytical techniques/sensors and from different
degradation stages
• multivariate classification/grading of the
investigated materials quality/functionality,
with a special focus on aesthetical aspect
• development of numerical models simulating
changes of bio-materials’ properties in function
of the weathering doses and construction details
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4 PRELIMINARY RESULTS
4.1 WEATHERING COEFICIENT
CALCULATION

sample’s appearance during natural weathering is shown
in Figure 9.

The concept for calculation of weathering coefficient
was previously presented by the authors [5]. The custom
algorithm for multi-sensory data fusion and computation
of weathering indicator was developed in LabView
(National Instruments). The software normalizes the raw
data (parameters) pi as obtained by different sensors i
and summarizes these, considering their importance
(weight) wi. The Wind computation algorithm is
mathematically expressed in Equation 1:

Wind =

w  p
w
i

i

i

(1)

Figure 8: Computational path for sun at the beginning of the
weathering test (http://www.suncalc.org/)

4.2 MODELLING OF SHORT TERM
WEATHERING - CASE STUDY
4.2.1 Experimental set-up
First trials regarding multi-sensor data fusion and
weathering modelling were performed on experimental
samples prepared from Norway spruce wood (Picea
abies L. Karst.) on the slicing planner (Marunaka). The
thickness of samples was ~100μm and the efficient
surface exposed to weathering was 30 x 35mm (width x
length respectively). Sets of samples were placed for
natural exposure at 45º to the horizon, facing the four
directions: North, West, East and South in San Michele,
Italy (46°11'15"N 11°08'00"E) – Figure 7.
Figure 9: Appearance of samples after 1 month weathering
test (western exposure)

4.2.2 Samples measurement

Figure 7: Experimental set-up for weathering test

Tests were performed in 2015 for the whole month of
July, which according to previous research is considered
as a most severe for weathering of wood micro-sections
[7]. The simulation of sun path at the beginning of the
test is presented in Figure 8. On the figure sun positions
at sunrise, specified time and sunset are presented. The
thin orange curve is the Sun trajectory at the day of
interest, while the yellow area around is the range of sun
trajectories variation during the year. The closer a point
is to the centre, the higher is the sun position above the
horizon.
Samples changed their appearance even after relatively
short time (28 days). An image of changes to the

Weathered samples were measured with MicroFlash
200D spectrophotometer (DataColor Int.), equipped with
the integration sphere, and entrance of 18mm diameter.
The values of colour coordinates (L*, a*, b*) were
computed automatically by the instrument on the base of
the illuminant D65 and viewer angle 10º.
Both, near infrared (NIR) and mid infrared (MIR)
spectroscopy were used for obtaining information about
the molecular structure of the weathered wood surfaces.
Vector N-22 (Bruker Optics GmbH) Fourier-transform
NIR spectrometer equipped with fibre optic probe was
used for scanning the spectra in the range from 4000cm-1
to 14000cm-1. The spectral resolution was 8cm-1 and 32
scans were averaged on each measurement. ALPHA
(Bruker Optics GmbH) FT-IR spectrophotometer
equipped with the external reflectance module was used
for scanning the spectra in range from 400cm-1 to
4000cm-1. The spectral resolution was 4cm-1 and 64
scans were averaged on each measurement in order to
increase signal-to-noise-ratio. The measurement set-up
allowed measurement of weathered surfaces in
transmittance mode.
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4.2.3 Data fusion
Wind, is an indicator suitable for presenting the combined
effect of the investigated parameters measured with
different sensors [8]. An example of the Wind progress
during weathering is shown in Figure 10.
1
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Figure 10: Progress of the weathering due to exposure
duration (horizontal axis, days) and normalized components
(vertical axis) used for computation of weathering index wind.

The colour parameters: lightness L*, colour-opponent
dimensions: a*, b*, NIR absorbance at 5980cm-1 (band
related to first overtone of -CH stretching of lignin),
MIR absorbance at 1505cm-1 (band related to aromatic
ring of lignin) and PC1 computed from the NIR and MIR
spectra were arbitrary selected for computation of the
Wind in all investigated samples. Parameters mentioned
above were related to both sample appearance (colour)
and chemical composition (selected lignin bands and
calculated Principal Components).
The importance of parameters was considered as equal,
wi = 1, with exception of parameters related to PC1 of
NIR and MIR spectra and CIE b*, where wi = 0.5. The
indicator weight assignment was arbitrary choice of the
expert person basing on the regularity of the signal.
In presented case even if the weathering period was
relatively short the influence of exposure direction seems
to have an effect on the degradation intensity.
The measurement campaign is now followed on other set
of samples, which were weathered for the period of one
year. This approach will be used for evaluation of all
investigated bio-materials at various stage of weathering.
4.3 MODELS FOR LONG-TERM
ADAPTIVENESS AND PERFORMANCE
In the last decades increasing focus on determination of
durability and service life of materials, components,
installations, structures and buildings is observed [9].
Service life is defined as the period of time after
construction in which a structure maintains or exceeds
minimum performance requirements without unforeseen

or extraordinary maintenance or repair [10]. Service life
of facades depends on many variables, some of which
are environmental and, as a result, beyond the control of
the designers and owners. In order to minimize decline
of general performance of building it is necessary to
achieve the optimum balance between functionality,
initial and maintenance costs.
It is observed, that architects are choosing the solutions
that improve durability and reduce maintenance
requirements. Materials suppliers are developing better
performing products more resistant to deterioration
processes. Owners are more aware of the importance of
maintenance. Finally contractors have developed quality
control procedures to improve construction practices that
consequently will improve durability.
Generally aesthetic requirements are reached before
functional lose and reduction of safety level. Figure 11
presents a simulation of the degradation of three biomaterials used for building facades. It can be seen that
aesthetical service life of material #1 is much shorter
compare to #2 and #3. The acceptance limit for the
appearance is reached in this case faster comparing to
other materials.
Second scenario is related to simulation of the
performance of same material used for building façade in
various climatic conditions. It is evident, that the climate
#1 seems to be more severe for bio-material of interest;
and in consequence such a material solution is not
recommended in certain locations. In favourable/mild
climate the same material might have acceptable
performance and its use may be suggested. It must be
also stated that no regular maintenance and material
replacement is considered here. Such maintenance action
scheduled regularly will allow extension of service life
in all presented cases.
bio-material #1
bio-material #2
bio-material #3

climate #1
climate #2
climate #3
original state

state of the facade

OPUS 7.0 (Bruker Optics GmbH) software package was
used for instrument control, spectra acquisition, data preprocessing and evaluation.

appearance acceptance limit

service time
aesthetical
service
life end #1

aesthetical
service
life end #2

aesthetical
service
life end #3

Figure 11: Models for aesthetical service life performance
depending on bio-materials type and climatic loads.

5 DEVELOPMENT OF
DEMONSTRATION TOOLS
Dedicated
software
simulating
bio-materials
performance, degradation and end-of-life in severe
operating environments is foreseen as a most important

WCTE 2016 e-book | 3386

deliverable of the project. The concept for the software
simulating changes of bio-materials (related to both
functional performance and aesthetics) for the whole
duration of their service life is presented in Figure 12.
Time series of pictures will be acquired during exposure
of various facades materials. Those will be subsequently
used for interactive simulation of facades appearance.
Customers will be able to choose material from project
database and see how the building looks at the brand
new stage. Moreover time base simulation will allow
observing the changes of the appearance depending on
time, exposure direction, location and with consideration
of architectonical details.

definition of the limit state for functional and aesthetical
end-of-life and maintenance scheduling will become
possible. Additionally, a novel methodology for
combining multi-sensor data in to a single indicator
related to “beauty” or customer perception will be also
developed. It will assist architects/customers to select
optimal bio-materials assuring satisfactory performance
and high aesthetical valour.

6 CONCLUSIONS
The trend for rapid deployment of novel/advanced
material solutions at reduced-costs through predictive
design of materials and innovative production
technologies is observed nowadays. It is extremely
important for the bio-materials production sector to
follow this trend and to continuously improve its offer.
The development of really innovative and advanced bioproducts relies on the deep understanding of the material
properties, structure, assembly, formulation and its
performance along the service life.
Comprehensive understanding of the physical/chemical
properties and their connection with the material's
structure will be obtained as a result of a combination of
analytical/experimental
methods
and
numerical
modelling.
Results of the BIO4everproject provide technical and
scientific knowledge but also contribute to the public
awareness, by demonstrating the environmental benefits
to be gained from the knowledgeable use of bio-based
materials in buildings.
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The software tools for the service life prediction and
modelling aesthetical performance will be confronted
with the consumer demands and preferences. As a result,
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Research Outline of Seismic Standard Development for CLT Construction in
Japan
Yasuhiro Araki1, Takafumi Nakagawa2, Naohito Kawai3, and Hiroshi Isoda4
ABSTRACT: The national research project to investigate proper structural design method for CLT(Cross Laminated
Timber) buildings has been advanced by the subside of the Ministry of Land, Infrastructure, Transport and Tourism of
Japan since 2011. This paper provides the outline, research item and main result stream of the project. Full-scaled
building tests and element tests for evaluating seismic performance are described in this paper mainly. Numerical
studies have been also conducting as well.
KEYWORDS: CLT, National project, Seismic performance, Research items

1 INTRODUCTION 123
Though the Japanese domestic forests planted after 1945,
have grown up enough to use as building components or
elements of composite material, they have never used
enough to plant the next generation and been maintained
enough. So, it is a great fear that the multiple functions
of the forest such as watershed conservation, the land
conservation, and so on have been declined. Under these
situations, The Act for Promotion of Use of Wood in
Public Buildings was established and enacted October
2010. On the other hand, the construction employing the
cross laminates timber (CLT) panels was offered as a
method of large scale and mid-rise building in domestic
and foreign countries.
According to the Japanese building standard law, special
permission using time history analysis is normally
required to build with new structural materials, such as
CLT, not providing standard strength in law. Time
history analysis is widely spread in Japan but it is
difficult to do it for mid-rise or less story residential
buildings due to the structural design cost, long design
period and so on. To save and avoid them, definition of
standard strength and development of structural design
procedure are required. Typical structural details is also
required. Capacity spectrum method for seismic design
which is called “limit strength calculation method” in
Japan is applicable for the structural design and we can
eliminate the specification of building method but the
definition of standard strength and procedure for
calculation such as damping factor are required.
1
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The national project of research and development on
CLT construction including strength of member, seismic
performance, fire protection and so on have been started
since around 2011.
In this paper, seismic performance evaluation procedure
is focus on and research outline and methods for solving
seismic problems are shown as of March 2016.

2 RESEARCH OUTLINE
Table 1 shows the research outline including in the
procedure in building standard law in the each fiscal year.
As of 2015, special permission by minister using timehistory analysis is required in Building Standard Law in
Japan.
2.1 Element tests
In addition to the simple element tests such as in-plane
shear and bending of CLT Panel, many element test were
carried out, such as various wall tests, joint test,
confirmation of effective floor width test, confirmation
of the dynamic effect test and full scale shaking table
tests.
The followings are the overview of these research items.
(1)Structural performances of various CLT Walls
Various type of CLT Walls such as narrow shear wall
without opening and wide shear wall with opening were
tested. Especially, 2 types of shear wall with openings
were tested; first is the composite wall with opening that
consists of narrow walls and hanging wall and spandrel
wall (hereinafter referred to as “composite wall with
opening”) and the second is the shear wall with opening
by hollowing out from the wide CLT panel (hereinafter
referred to as “wide wall with opening”), because
structural performances of these shear walls are thought
to be significantly different.
Figure 1 shows the load deformation relationship of
these shear walls. The tensile joints of the wall edge of

WCTE 2016 e-book | 3389

Table 1 Research outline and permission in standard
Year
2013
2014

2015

Main contents
Preparation of numerical model of CLT construction
Evaluation of Shear behavior of CLT wall with openings
Shaking table tests for full-sized scale/Static and dynamic loading
tests for CLT elements and components/Preparation of draft of
structural evaluation procedure (capacity spectrum method )
Shaking table tests for full-sized scale buildings/Static and
dynamic loading tests for CLT elements and components/
Preparation of draft of structural evaluation procedure (allowable
stress design)

(1)Narrow panel

(2)Composite wall
(door type opening)

Permission in Standard
Special permission by minister using
time-history analysis
Facilitation of the special permission
1.Special permission
2.Spectrum Capacity method with
establishment of design strength

(3) Composite wall
(window type opening)

(4)Wide wall with opening
(window type)

250
200

Load(kN)

150
100
50
0

(2)
(4)

小幅掃出

( )(2)

0

0.01

0.02

0.03

(1)×2
0.04

deformation angle(rad.)

0.05

0.06

(5) Wide wall with opening
(6) Load deformation relationship
Figure 1 Comparison of load deformation relationship with composite wall and wide wall

all test specimens are tensile bolts, and panel thicknesses
of all specimens are 150mm (5-layer5-Ply). As the
overall trend, the following two points can be seen.

(2) Joints
Typical joints used in the CLT building are as follows
(shown in Figure 2).

1. Composite wall with opening has high deformation
performance compared to the wide wall with opening.
2. Stiffness of the wide wall with opening is greater than
that of Composite wall with opening (more than
doubled in this example).

1) Joint between floor panels
2) Horizontal shear joint between wall and floor or
base
3) Vertical (right angle) joint between walls
4) Vertical (parallel) joint between walls
5) Tensile joint between wall and wall or base
6) Horizontal (parallel) joint between wall and hanging
wall or spandrel wall

Therefore, if the CLT building have those two types of
wall in one building, there is a possibility that the wide
wall with opening is destroyed before the composite wall
with opening shows their full performance. In other
words, there is a possibility that the simple addition of
the wall performance is not satisfied.

The followings are the some examples of these joints.
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Wall-Wall joint
(Vertical : right angle)
Wall-Floor joint
(Vertical :sinking)

Wall-Wall joint

Floor -Floor joint
Wall-Floor
horizontal joint

Wall-Wall Vertical joint
Wall-base joint
Wall-base joint
(horizontal)

Wall-Base joint
(Vertical :sinking)

Wall-hanging/spandrel joint
(Vertical, horizontal)

Figure 2 The joints used in the CLT building
1) Horizontal shear joint between wall and floor or base,
Horizontal (parallel) joint between wall and hanging
wall or spandrel wall
Figure3 shows example of L-shaped shear joint, Ushaped shear joint, and lintel shear joint. The L-shaped
shear joint is normally used between wall and floor. The
U-shaped shear joint is normally used between wall and
base. The Lintel shear joint is used between wing wall
and hanging wall or wing wall and spandrel wall.
Figure4 shows load deformation relationship of these
joints. The structural performance of these types of joint
with screw is determined by the structural performances
of wood screw and the number of the screws.

(b) U-shape joint（Wall-base）

(c)Lintel joint
Figure 3 Example of joints
160
140
120
100

P(kN)

2) Tensile joint between wall and wall or base
For the CLT building, the tensile joint is important to
resist the seismic force. Therefore, various type of tensile
joints between wall and wall or base are developed and
tested; Hold down tensile joint with bolt, U-shape tensile
joint with wood screw, tensile bolts type, glued in rod(=
GIR) and Lug Screw Bolt (= LSB) (shown in Figure 5).
Figure 6 shows the example of U-shape tensile joint with
wood screw test(2013). The test parameters are two;
Outermost layer lamina orientation (outer layer is strong
axis or weak axis), strength grade of CLT (Mx60A,
Mx60B of JAS).
Figure 7 shows the example of typical failure behaviour
of this joint; collective failure of the CLT and rolling
shear of CLT.
Figure 8 shows the load deformation relationship of this
joints. The maximum strength of strong axis direction is
determined by the failure of the CLT of the screw
portion. On the other hand, the maximum strength of
weak axis direction is determined by the failure
penetrating laterally. For strong axis, average tensile
strength is about 400kN.

(a) L-shape joint（Wall-Floor）

80
60
40

U型金物
L型金物
まぐさ金物

20
0

0

5

10

15

20

25

δ(mm)

Figure 4 Load deformation curve of these joint
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(4) glued in rod joint
(3) tensile bolts joint
joint with screw
Figure 5 Example of joints between wall and wall or base

(5) Lug Screw Bolt

(1) Hold down tensile (2) U-shape tensile

joint with bolt

(Left : Strong axis、Right : Weak axis)
Figure7 Failure behaviour

(1) Strong axis(CK)
(1) Weak axis(CJ)
Figure 6 Example of U-shape tensile joint with screw

Figure 8 Load deformation of U-shape joint
1.20

1.00

0.80

α（（ ＝ Beq/W））

(3)Confirmation test of effective floor width (2015)
When the CLT floor panel is pushed by the concentrated
load due to rotational deformation of CLT wall panel at
the time of the earthquake, CLT floor panel acts as a
"boundary beams". On the other hand, it is thought that
the effective floor width cannot take the full width of the
panel. Therefore, this "boundary beam effect" are studied
analytically, and the relationship between "Span / Width
of panel" and "the ratio of effective floor width" are
proposed (shown in Figure 9).
Using this analysis result, the effective width calculation
formula of CLT floor panel has been proposed.
Furthermore, in order to confirm the validity of the
formula, Confirmation test of effective floor width were
carried out. The parameters are width and span of the
CLT panel. At the test, the deflection of the CLT floor
panel pressed at the point of three pattern (figure 10) is
measured. By comparing the calculated values with the
experimental values, the validity of the proposed method
is confirmed.

0.60

0.40

0.20

0.00
0.000

2.000

4.000

6.000

8.000

10.000

L/W

Figure 9 Relationship between L/W and α

12.000
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(1) Centralized load of the panel

(2) Load of center of span and edge of the width
Figure 11 Example of effective floor width test

(3) Load of midstream of span and edge of the width

Figure 10 3 type of pressing point of CLT floor panel for
confirmation test of effective floor width
(4)The compression test of CLT Panel edge(2015)
At the 5-story CLT building shaking table test, the shear
wall panel edge of first floor is damaged by compression.
However, the calculated compressive stress had greatly
exceeded the design strength, the building does not
collapse at all . Therefore, to verify this phenomenon and
the safety of the building having the stress that exceeds
the design strength, compression test of CLT Panel edge
was carried out.
The test specimen specification is shown in Table 2. The
parameters of the test specimens are as follows; Layer
configuration of the CLT panel(5-layer 5-ply:150mm of
thickness or 3-layer 3-ply:90mm of thickness), width
(1000mm or 1500mm), axial force (0,100,180KN) and
the presence or absence of the draw bolt hole drilling.
The Loading schedule was one-sided repeated; the target
deformation angle was 1/200, 1/100, 1/50, 1/30, 1/20rad..
About the failure behaviour, the specimen with the draw
bolt hole drilling is failed at the outer surface of the hole,
on the other hands, the specimen without the draw bolt
hole drilling is failed at the CLT panel edge (Figure 13).
Failure stress calculated by Euler-Bernoulli hypothesis
was lower than the whole surface compressive strength
(Figure 14 and 15) .
(5) Confirmation test of the velocity and damping effect
(2015)
At the 5-story and 3-story CLT building shaking table
test, the rigidity of the test specimen has exceeded that of
the analysis.
The velocity and damping effect of the CLT panel were
considered as one of the causes. Therefore, To verify this
phenomenon, confirmation test of the velocity and
damping effect was carried out.
The test specimen diagram is shown in Table 2. The
parameters of the test specimens are as follows; Layer
configuration of the CLT panel (5-layer 5-ply:150mm
thickness or 3-layer 3-ply: 90mm thickness),
width(1000mm, 1500mm, 2000mm and 1000mm*2),
and the material of the bolt(Grade 10.9 bolt or SNR bolt).
Figure 16 shows the dynamic test equipment. The load is

Figure 12 Test equipment of CLT edge compression
Table 2 Specification of the test specimen
NAME

NUMBER HEIGHT DEPTH LENGT

A.F

W10-A

2

0

W10-B

2

100kN

W10-C

2

W10-D

2

W10-E

1

W15-A

2

W15-B

2

W15-C

2

W15-E

1

2700
mm

1000
mm
150
mm

BOLT

〇

180kN
180kN
0

×

0
1500
mm

100kN

〇

180kN
0

×

(1)Presence of draw bolt hole (2) absence of draw bolt hole
Figure 13 Failure behaviour

at σC≦σmax
Figure 14 Stress distribution

at σC＞σmax
Figure 15 Stress distribution
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Mass frame

Table 3 Specification of the test specimen

Pin Joint

N
o.

Test Specimen

Figure 16

Dynamic test equipment

90

Tensile Bolt

U‐shape
tensile
joint

115

(a) 5layer 5Ply(Width 1500mm)

Figure 17

115

1500

90
(3layer
3Ply)

115

(b) 3 layer 3Ply(Width 1500mm)

Test specimens of confirmation test of the
velocity and damping effect

transmitted to the specimen by the mass frame on the
slider. Vibration direction is one-way, and the input
seismic waves are the ground motion assumed in the
Building Standards Law in Japan and the ground motion
observed at Kobe earthquake of 1995 in Japan
(hereinafter referred to as “JMA Kobe”)
From the test results, even if the panel length and panel
thickness is changed, the velocity and damping effect
was not confirmed(Figure18 (a)). On the other hand, the
velocity effect of the joints has been confirmed in the 5layer 5-ply CLT panel specimens(Figure18 (b)).
Possibility of the velocity effect of sinking at the draw
bolt hole drilling is considered.
Furthermore, the friction effect of the shear wall panel
was observed in the test, and there is a possibility that
the rigidity of CLT building is increased by this effect.
2.2 System level tests
In order to verify the accuracy of the analysis of CLT
building, confirm the ultimate seismic performance and
confirm the collapse mechanism of CLT building, full
scale shaking table tests of CLT have been carried out.
Table 4 shows the specification of the test specimen. 5
story and 4 types of 3 story specimens are tested.
Specimen C, D and E differ in construction method of
the shear wall panels. The shear wall of specimen C and
D is wide wall with opening, and the shear wall of
specimen E is composite wall with window opening. The
difference between C and D is the part of the tensile joint
of the shear wall panel. Specimen C has tensile joints at
the corner of the wide wall with opening. On the other
hand, specimen D and E have tensile joints at the corner
of the wing wall. Figure 20 shows the ultimate failure
behaviour of these specimens; (1) Out-of-plane buckling
by the compression force, (2) destruction of the shear
wall panel, (3),(4) destruction of the boundary part of the

1000
2000
1000
1500
1000
1500

40

0

20

40

SNR490
(JIS)
Grade
10.9 bolt

200

60

deformation (mm)

(a) 5layer 5ply CLT panel

Figure 18

2
2
2
2
2
2
2
2
2
2

Grade
10.9 bolt

U-shape
Tensile bolt
M16

20
0

Number

SNR490
(JIS)

M24
Tensile bolt

Static

60

Bolt
material

Edge joint

Art‐Sa2_10%
Art‐Sa2_25%
Art‐Sa2_70%
Art‐Sa2_90%

80

90

1500

2000
1500
1000
1000×

100

110 110
400 400
115

150
(5layer
5Ply)

1
2
3
4
5
6
7
8
9
10

Load(kN)

90

2700

90

Width
(mm)

80

Edge tensile Load (kN)

2700

400 400
110 110

Thickness
(mm)

Static

Art‐Sa2_10%
Art‐Sa2_25%
Art‐Sa2_70%
Art‐Sa2_90%

150
100

B)

50
0

0

2

4

6

8

deformation (mm)

10

(b) 5layer 5ply edge

Example of load deformation relationship

(1)Specimen A

(2)Specimen B

(3)Specimen C

(4)Specimen D(left) and E(right)

Figure 19 Test specimen of full scale shaking table test
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Table 4 Specification of the full scale shaking table test specimens

J
o
i
n
t

Specimen A

Specimen B

Specimen C

Specimen D

Specimen E

5story

3 story

3 story

3 story

3 story

Height(m)

14.5

8.7

8.7

8.7

8.7

Plan(m×m)

6×14.5

6×10

6×10

6×10

6×10

Specification
of the wall and
Length of the
panel

Mx60A 5Layer5Ply
(t=150mm)
1,2,3m(Short side)
1,1.5,2m(Long side)

S60A 3Layer3Ply
(t=90mm)
2m,3m(Short side)
1,1.5,3m(Long side)

S60A 3Layer3Ply
(t=90mm)
1.75m(Short side)
1.75, 2m(Long side)

S60A 3Layer3Ply
(t=90mm)
1m(Short side)
1, 0.825m(Long side)

S60A 3Layer3Ply
(t=90mm)
1m(Short side)
1, 0.825m(Long side)

Specification
of the floor
panel

Mx60A
7Layer7Ply
(t=210mm)

Mx60A
7Layer7Ply
(t=210mm)

Mx60A
7Layer7Ply
(t=210mm)

Mx60A
7Layer7Ply
(t=210mm)

Mx60A
7Layer7Ply
(t=210mm)

Tensile bolt
M24
Tensile bolt
M24
U-shape joint
With wood screw
L-shape joint
With wood screw

U-shape joint
With wood screw
U-shape joint
With wood screw
U-shape joint
With wood screw
L-shape joint
With wood screw

U-shape joint
With wood screw
U-shape joint
With wood screw
U-shape joint
With wood screw
L-shape joint
With wood screw

U-shape joint
With wood screw
U-shape joint
With wood screw
U-shape joint
With wood screw
L-shape joint
With wood screw

U-shape joint
With wood screw
U-shape joint
With wood screw
U-shape joint
With wood screw
L-shape joint
With wood screw

-

-

-

-

-

(wide panel)

Metal plate
With wood screw

(wide panel)

(wide panel)

-

-

-

-

-

-

-

-

-

-

-

-

-

-

Wall-Base
Vertical
Wall-Floor
Vertical
Wall-Base
Horizontal
Wall-Floor
Horizontal
Wall-Wall
Vertical
Wall-Hanging
wall Shear
Wall-Hanging
wall tensile
Wall-spandrel
wall Shear
Wall-spandrel
wall tensile

Metal plate
With wood screw
Tensile bolt
M16×2

Floor-Floor
W
e
i
g
h
t

Spline joint（Plywood and wood screw） Edge :Tensile resistant metal plate with wood screw

5 story(t)

32

-

-

-

-

4 story(t)

64

-

-

-

-

3 story(t)

64

20

19.7

19.4

19.4

2 story(t)

64

32

31.6

31

31

1 story(t)

67

32

32

31

31

(1)Out-of-plane buckling by
the compression force

(4)Destruction of the boundary part of the
hanging wall part and the wing wall part

(2)Destruction of the shear wall panel

(5)Destruction of the boundary part of
the hanging wall and the wing wall

Figure 20 Ultimate failure behaviour

(3)Destruction of the boundary part of the
hanging wall part and the wing wall part

(6) Compression destruction of the CLT
panel edge
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Figure21 Modelling of CLT shear Wall （Left：Door type opening、Right：Window type opening）

test
analysis

test
analysis

Figure22 Comparison between test results and analysis
（Left：Door type opening、Right：Window type opening）
hanging wall part and the wing wall part, (5) destruction
of the boundary part of the hanging wall and (6) wing
wall and compression destruction of the CLT panel edge.
2.3 Analytical study of CLT behaviour
To predict the seismic behaviour of CLT building,
various methods of modelling of CLT are proposed.
Figure 21 is one of the examples of the modelling of
CLT shear wall. The panel zone is replaced to brace, and
the spandrel wall and hanging wall is replaced to the
beam element.
The skeleton curve of Wall-Base vertical joints and
Wall-Base horizontal joints are determined so as to trace
the test results.
Figure 22 shows the load deformation relationship of the
analysis model and the experimental results. From the
figure, until the crack occurs on the panel, analysis
predicts accurately experiment.
Using this analytical model, the prediction of the shaking
table tests are also carried out. By considering the
friction effect of the shear wall panel, the analysis can
predict precisely the test results.

3 Conclusions

Element tests for various type of shear wall, evaluating
effective floor width, velocity effect of CLT shear wall,
and so on are carried out. Moreover, Full-scale shaking
table tests for confirming seismic evaluation procedure
also are carried out. Furthermore, Analytical study of
CLT shear wall and building are also carried out. From
these result, the Building standard Low on CLT has been
enforced in April 2016.
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THE NEW VERSION OF CHAPTER 8 OF EUROCODE 8
Maurizio Follesa1, Massimo Fragiacomo2, Daniele Casagrande3, Roberto
Tomasi4, Maurizio Piazza5, Davide Vassallo6, Simone Rossi7
ABSTRACT: This paper illustrates the ongoing revision of the Chapter 8 for the seismic design of timber buildings of
Eurocode 8, which is currently under discussion within the CEN/TC250/SC8 'Design for Earthquake Actions', subgroup WG3 ‘Timber’. The current edition of this Chapter, which was published in 2004, is very short (only 5 pages)
and incomplete in many parts, especially when referring to the design of new construction systems recently developed
and not yet included in the 2004 edition. The most important features of the new version under discussion will be
presented herein and the recent update discussed, following the first results of the revision work already presented in
2015.
KEYWORDS: Eurocode 8, background document, capacity based design, construction systems.

1 INTRODUCTION 1234567
The current version of the Chapter for the seismic design
of timber buildings in Europe, Chapter 8 of Eurocode 8
[1], was published in 2004. The provisions included in
this Chapter are even more concise and shorter with
respect to the previous version of the ENV edition of
Eurocode 8 released in 1995. As already detailed in [2],
this Chapter does not provide a clear understanding of
the seismic design rules for the different structural
systems. Furthermore, the capacity design procedures to
be followed according to the force-based philosophy of
Eurocode 8 are not clearly explained. Moreover some
structural systems recently developed and already widely
used like the X-Lam (or CLT as it is internationally
recognized) system and the Log House system, are
totally absent. These are just some of the reasons which
led in 2015 to a new proposal of this Chapter, based on
the work presented in [3], which is currently under
1
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discussion within the CEN/TC250/SC8 'Design for
Earthquake Actions', sub-group WG3 ‘Timber’.

Figure 1: 6-storey X-Lam residential building under
construction in Florence, 2016.

The proposal, which was partly presented in [2], have
been further detailed and modified. This paper presents a
follow-up of the work which is still ongoing. In the
following, reference will be made to the same order of
paragraphs and sub-paragraphs of the new proposal of
Chapter 8. Some topics already addressed in [2] are
further developed and other provisions not dealt with in
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the same paper are given, trying to provide a better
understanding of the entire proposal.

2 DEFINITIONS AND DESIGN
CONCEPTS
Some definitions were slightly changed with respect to
the current version of the chapter. Regarding the
definition of static ductility, a reference to the definition
given in EN 12512 [4] was added, while for carpentry
joints a further clarification of term “pressure areas”
currently used was given, saying that “loads are
transferred through special cuttings to the connected
elements by means of compression areas”.
Like for the design concepts, in accordance with the
modifications already given in [2] regarding the
specification of values of the behaviour factor q for
DCM and DCH for each structural type, the
classification of timber buildings according to the design
concept is modified specifying that “Earthquakeresistant timber buildings shall be designed in
accordance with one of the following concepts:
a) High- or Medium-dissipative structural behaviour;
b) Low-dissipative structural behaviour.”
differently from the current generic distinction between
dissipative and low dissipative structural behaviour.
Later it is also specified that “Other structural types,
classified in ductility class M (medium, DCM) or H
(high, DCH) may be designed with concept b) provided
that the corresponding provisions given in the reference
parts of this section for the general rules at building
level are satisfied.”
Regarding the general rules at building level, an example
for X-Lam structures is given in [2].
As for the dissipative zones, a further clarification to the
current definition which specifies that the dissipative
zones shall be located in joints and connections, whereas
the timber members themselves shall be regarded as
behaving elastically, is given. More specifically, it is
stated that “The energy dissipation is provided by
plasticization of metal fasteners combined with
embedment of timber at the interface with the fasteners,
and for some systems also by friction. Friction can be
taken into account only in presence of devices
specifically designed for the transmission of horizontal
forces through it; in other cases it shall not be
considered.”
A further provision is given later specifying that: “As an
alternative to the design concept provided above,
dissipative zones could be located outside of joints and
connections in purposely developed energy dissipaters
(e.g. lead extruded or hydraulic dampers, dog-bone steel
plates, etc.). In this case, both the timber members and
the joints and connections shall be regarded as behaving
elastically. In order to ensure the correct behaviour of
the energy dissipaters, their connections to the timber
members should be as stiff as possible. These
connections, the other joints and connections between
timber members, and all the timber members shall be
designed with sufficient over-strength. The appropriate
behaviour factor q should not be determined according
to Table 8.2 (on ‘Structural types and upper limit values

of the behaviour factors for buildings regular in
elevation’) but will depend on the mechanical properties
of the energy dissipaters and the geometrical properties
of the structure.”

3 MATERIALS AND PROPERTIES OF
DISSIPATIVE AND NONDISSIPATIVE ZONES
As already mentioned in [2], new materials have been
added, which were not included in the current version [1]
such as OSB panels, Gypsum Fibre boards and X-Lam
(CLT) panels. Further changes to the definition given in
[2] have been made:
• Plywood sheathing (minimum thickness 9 mm)
should have at least 5 layers.
• OSB sheathing (minimum thickness 12 mm) should
be type 3 or 4 according to EN 300. With respect to
[2], type 2 has been deleted considering that during
the construction stage the panels will never be in
completely dry conditions.
As for steel material to be used for connections the
following provisions are given, already partly included
in the current version of Chapter 8:
a) steel plate elements shall fulfil the relevant
requirements in EN 1993;
b) steel fasteners shall fulfil the relevant requirements in
EN 409;
c) the ductility properties of the dissipative connections
in Ductility Class M or H structures (see (8.3)) shall be
tested for compliance with 8.3.2(3)P by cyclic tests on
the relevant combination of the connected parts and
fastener;
(d) the low-cycle fatigue capacity of fasteners used in the
dissipative zones shall satisfy the provisions reported in
the Annex F of EN 14592.

4 STRUCTURAL TYPES, DUCTILITY
TYPES AND BEHAVIOUR FACTORS
Regarding the important changes made in this section,
reference should be made to [2]. According to the
proposal, nine different structural types are identified
and described with graphical sketches, here not reported
for the sake of brevity:
1. Cross laminated timber (X-Lam) buildings.
2. Light wood-frame buildings.
3. Log House buildings.
4. Moment resisting frames.
5. Post and beam timber buildings with vertical
bracings made of timber trusses.
6. Mixed structures made of timber framing and
masonry infill resisting to the horizontal forces.
7. Large span arches with two or three hinged joints.
8. Large span trusses with nailed, screwed, doweled
and bolted joints.
9. Vertical cantilever systems made with structurally
continuous glulam or X-Lam wall elements.
The value of the behaviour factor q given for each
structural type and for the corresponding ductility class
(Medium or High) are given in Table 1 (for structures
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designed in accordance with the concept of lowdissipative structural behaviour (DCL) the behaviour
factor q should be taken not greater than 1,5).
Table 1 Structural types and upper limit values of the
behaviour factors for buildings regular in elevation (after [2]).

Structural type
X-Lam buildings
Light-Frame buildings
Log House buildings
Moment resisting frames
Post and beam timber buildings
Mixed structures made of timber
framing and masonry infill resisting
to the horizontal forces
Large span arches with two or three
hinged joints
Large span trusses with nailed,
screwed, doweled and bolted joints
Vertical cantilever systems made
with glulam or X-Lam wall
elements

DCM
2,0
2,5
2,0
2,5
2,0
2,0

DCH
3,0
4,0
4,0
-

-

-

-

-

2,0

-

Other provisions, not given in [2] and included in the
new proposal, are related to (i) the design of building
with different Lateral Load Resisting Systems (LLRS)
working at the same level, (ii) the continuity of shear
walls and (iii) the design of structural systems and
elements not included in the list of structural types given
in the new proposal (see again [8] for further details).
As for (i), the new provision is the following: “In
principle, all seismic forces in one direction shall be
resisted by one system type. If different lateral load
resisting systems are used in the same direction, even if
made of other materials, the lower value of the
behaviour factor q of the two systems shall be used. In
order to use a higher value for the behaviour factor q
(not higher than the maximum value of the two systems),
non-linear static (push-over) or non-linear dynamic
(time-history) analyses shall be carried out to design the
system. In this last case, the deformation compatibility
between the different lateral load resisting systems needs
to be verified”. Studies are currently ongoing about a
proposal of analytical formulation for the calculation of
the behaviour factor of mixed X-Lam/Light-Frame
buildings [5].
Regarding the continuity of shear walls the following
provision is given: “Shear walls shall be structurally
continuous from the foundation or base of the timber
part of the building to a certain floor, namely they
cannot be interrupted below a certain floor in elevation
in order to avoid the occurrence of soft storey
mechanisms (see Figure 2). Partition walls and
structural walls which are not intended to be part of the
seismic resistant system (secondary seismic walls
according to 4.2.2 of EN 1998-1), shall be detailed so as
not to take part in the seismic lateral load resisting
system.”

Figure 2: A: Building with all shear walls structurally
continuous from the foundation to the roof. B: Building with
part of the shear walls structurally continuous from the
foundation to the roof and part (transparent) interrupted at the
top storey. C: Building with part (transparent) of the shear
walls interrupted below the second storey (possible soft storey
mechanism at the first storey)

The continuity of shear walls along the height of the
building is an important issue regarding the seismic
design. Note that the continuity is referred only to shear
walls and not to walls supporting only vertical loads and
should start from the foundation or the “base of the
timber part”, signifying that a multi-storey timber
building can be built over one or more concrete storeys,
of course provided that the timber walls are supported by
corresponding masonry walls or RC frames. Shear walls
continuity can be interrupted at a “certain floor”,
signifying that some shear wall can be interrupted in the
last storeys like for example in case B of Figure 2,
provided that of course the remaining shear walls at the
same storey are able to withstand the seismic storey
shear.
Regarding new structural types not yet included in the
current list of “known” building systems, they are not
excluded, provided that the ductility properties of
dissipative zone are demonstrated. The corresponding
provision specify that “Different structural elements and
systems not listed above may be used provided that the
properties of dissipative zones are determined by tests
either on single joints, on whole structures or on parts
thereof in accordance with EN 12512 and with Annex D
of EN 1990. The appropriate behaviour factor q should
be determined based on non-linear dynamic numerical
simulations of the structure by implementing the nonlinear cyclic behaviour of the dissipative zones obtained
from the experimental tests.”
As for the ductility properties of the dissipative zones
which should be fulfilled for each structural type in order
to ensure that the above given values of the behaviour
factor may be used, there are three alternative
possibilities:
1. To ensure that “the dissipative zones, specified in
the capacity design rules for each structural type,
shall be able to deform plastically for at least three
fully reversed cycles at a static ductility ratio
reported in Table 2, without more than a 20%
reduction of their resistance between the first and
third cycles backbone curve. For the same
structural type these provisions shall be satisfied by
only one type of dissipative sub-assembly/element
provided that the Capacity Design Rules as defined

WCTE 2016 e-book | 3399

If the above requirements are not met, but the
minimum member thickness of 8d and 3d for case a)
and case b), respectively, is assured, the dissipative
zones of all structural types can be regarded as
ductility class M.

in the relevant sections of each structural type are
satisfied.”
Table 2 Required static ductility values of dissipative zones
tested according to EN12512 without more than a 20%
reduction of their resistance between the first and third cycles
backbone curve for all structural types depending on the
Ductility Class.
Structural
type

X-Lam
buildings
X-Lam
buildings
Light-Frame
buildings
Light-Frame
buildings
Log
House
buildings

Dissipative
subassembly/ele
ment/connect
or
Shear wall
Hold-downs,
angle brackets,
screws
Shear wall
Fastener
(nail/screw/sta
ple)
Shear wall

Moment
resisting frames

Portal Frame

Moment
resisting frames
Post and beam
timber
buildings
Mixed
structures with
timber framing
and
masonry
infill
Vertical
cantilever
systems

Beam-column
joint
Braced Frame
Shear wall

Shear wall

Type of
ductility

DCM

DCH

Displace
ment
ductility
Displace
ment
ductility
Displace
ment
ductility
Displace
ment
ductility
Displace
ment
ductility
Displace
ment
ductility
Rotationa
l ductility
Displace
ment
ductility
Displace
ment
ductility

3,0

4,0

3,0

4,0

3,0

5,0

5,0

7,0

2,0

-

2,5

4,0

6,0

10,0

2,0

-

2,0

-

Displace
ment
ductility

2,5

-

Table 2 is slightly changed with respect to the one
proposed in [2] and is still under revision since more
information is needed in order to provide more reliable
values of static ductility for the different components and
structural sub-assemblies.
2.

As an alternative, the above given provisions may
be regarded as satisfied in the dissipative zones of
all structural types classified in ductility class H if
the following provisions are met:
a) in doweled, bolted and nailed timber-to-timber
and steel-to-timber joints, the minimum thickness of
the timber connected members is 10d and the
fastener-diameter d does not exceed 12 mm;
b) in shear walls and diaphragms of Light-Frame
construction, the sheathing material is wood-based
with a minimum thickness of 4d, where the nail
diameter d does not exceed 3,1 mm.

3.

As an alternative to #2 the provisions of #1 are
satisfied if the following conditions are met:
• for the dissipative zones of all ductility class M
structural types, of the ductility class H X-Lam
system with segmented wall and for the
sheathing-to-framing connection, when a
ductile failure mechanism characterized by the
formation of at least one plastic hinge in the
mechanical fasteners is attained for the seismic
design load condition;
• for the nailed and screwed connections between
the sheathing material and timber frame used in
class H in Light-Frame buildings, when a
ductile failure mechanism characterized by the
formation of at least one plastic hinge in the
nail (or screw) is attained for the seismic design
load condition;
• for the dissipative zones of all ductility class H
structural types, when a ductile failure
mechanism characterized by the formation of
two plastic hinges in the mechanical fasteners is
attained for the seismic design load condition.
Referring to 8.2.2 of EN 1995-1-1 [6] for timber-totimber and panel-to-timber connections, failure
modes a, b and c for fasteners in single shear, and g
and h for fasteners in double shear shall be avoided.
Referring to 8.2.3 of EN 1995-1-1 for steel-to-timber
connections, failure modes a, c for fasteners in
single shear, and f, j and l for fasteners in double
shear shall be avoided. Special care should be taken
in avoiding brittle failures characterized by
splitting, shear plug, tear out and tensile fracture of
wood in the connection regions. In the case of
connections with multiple fasteners in dissipative
zones, adequate reinforcement should be added to
avoid
the
aforementioned
brittle
failure
mechanisms.

Another provision is given regarding dowel-type
fasteners transferring most of the load via axial
resistance, which cannot be considered as dissipative.
Referring to Figure 3, A and B cannot be considered as
dissipative connections, while C can be considered as
dissipative.

WCTE 2016 e-book | 3400

α

α

According to the new proposal, as already anticipated
in[2], in order to obtain the achievement of the capacity
design rules defined for each structural type “the design
strength of the brittle parts FRd,b should be greater than or
equal to the design strength of the ductile parts FRd,d
multiplied by an overstrength factor γRd and divided by a
reduction factor for strength degradation βsd due to cyclic
loading according to the following equation:
∙F

β

A

B

C

Figure 3: A and B: connections inserted inclined with respect
to the direction of the shear force, transferring most of the load
via axial resistance, which cannot be considered as dissipative.
C: connections inserted perpendicular with respect to the
direction of the shear force, transferring most of the load via
axial shear resistance, which can be considered as dissipative.

5 CAPACITY DESIGN AND SAFETY
VERIFICATIONS
Besides the ductility provisions for the dissipative zones,
in order to achieve the desired ductile behaviour,
capacity design rules are needed for each structural type
and material in order to achieve the desired level of
ductility and energy dissipation capacity for the whole
building. This could be done by establishing a hierarchy
of resistance among the different structural components
so that the whole structure should have an adequate
capacity to develop plastic deformations without
substantial reduction in the overall resistance against
horizontal and vertical loads. Besides, any possible
global instability mechanism or soft-story mechanism
should be avoided. Furthermore any possible anticipated
brittle failure mechanism in the elements devoted to the
energy dissipations, i.e. mechanical joints, should be
avoided. This is the reason why, for each structural type,
capacity design rules are provided both at building level
and at connection level (for further details see again [2],
where an example of capacity design rules included in
the new proposal of Chapter 8 for X-Lam structures is
given).

F

(1)

,

where the values of γRd are provided in Table 3, and the
value of βsd is equal to 0.8.
Table 3 Values of the overstrength factors γRd

Structural type
X-Lam buildings, LightFrame buildings, Log
House buildings, High
ductility
moment
resisting frames with
expanded tube fasteners,
Mixed structures made of
timber
framing
and
masonry infill resisting to
the horizontal forces
Moment resisting frames
(except for high ductility
moment resisting frames
with tube fasteners and
Densified Veneer Wood),
Post and beam timber
buildings,
Vertical
cantilever systems made
with glulam or X-Lam
wall elements

Overstrength factor γRd
1,3

1,6

As reported also in [2], the strength values of the timber
material shall be determined taking into account the
kmod-values for instantaneous loading and the partial
factors for material properties γM for accidental load
combinations.
For ultimate limit state verifications of structures
designed in accordance with the concept of dissipative
structural behaviour (Ductility classes M or H), the
strength degradation of the dissipative zones shall be
taken into account by multiplying the characteristic
strength in static conditions by the reduction factor βsd.
The design strength shall then be calculated as:
F

Figure 4: Brittle failure mechanisms in angle brackets and
hold-down connections due to the steel plate failure in the
weaker section of hold-down connections (a), due to the pullthrough of the head of the anchor bolt through the steel plate in
steel bracket (b) and due to the sudden withdrawal of nails in
the inter-story wall-to floor angle brackets connection (c) [7].

,

∙ βsd ∙

,

,

(2)

The strength degradation of the non-dissipative zones
may not be taken into account. The design strength
should be calculated as:
F

,

k

∙

,

(3)

As already mentioned in [2] this formulation for the
safety verifications is quite different from the one
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present in the current version where the partial safety
factor γM for fundamental load combinations is proposed
for ultimate limit state verifications of structures
designed in accordance with the concept of lowdissipative structural behaviour and no reduction factor
βsd for strength degradation is given.

b) 80% of the maximum load related to 1st
backbone curve;
c) a reduction of the load ∆F1,3 between the first
and third cycles backbone curve equal or
higher than 20%.

6 INTER-STOREY DRIFT LIMITS
In addition to the existing provisions given in Eurocode
8 for the Damage Limit State verifications, new values
of inter-storey drift limits are proposed for timber
buildings. The following limits, based on design
experience, are currently proposed:
a) for timber buildings having non-structural elements
made of brittle materials attached to the structure (e.g.
Autoclaved Aerated Concrete or brick partition walls):
dr ν ≤ 0.005h;
b) for timber buildings having ductile non-structural
elements (e.g. gypsum plasterboard):
dr ν ≤ 0.010h;

Figure 5: Determination of ultimate load and corresponding
ultimate displacement on the third backbone mean curve.

where:
dr
is the design interstorey drift as defined in
4.4.2.2(2);
h
is the storey height;
ν
is the reduction factor which takes into account
the lower return period of the seismic action associated
with the damage limitation requirement according to
4.4.3.2 (2).

The experimental third backbone mean curve may be
approximated by an equivalent elasto-plastic curve
characterized by the same ultimate displacement. The
initial stiffness is determined as the line drawn through
the point on the curve corresponding to 0.4Fmax. The
seismic yield force Fy is obtained in such a way that the
areas under the experimental and the bi-linear curves
are the same.

7 NON-LINEAR STATIC (PUSHOVER)
ANALYSIS OF TIMBER
STRUCTURES
Some provisions are given also for timber buildings for
the application of non-linear static (pushover) analysis.
These provisions, which are included in a new Annex,
are reported below.
Non-linear static analysis of timber structures shall be
performed according to section 4.3.3.4.2 of EN 1998-1
and the present Annex.
In general, timber components and mechanical
connections or devices characterized by a brittle failure
shall modelled as elastic elements adopting the mean
values of mechanical properties.
Reference to the experimental data provided by the
producers on the dissipative mechanical connections and
mechanical devices shall be made. The third backbone
mean curve obtained from the experimental test carried
out according to EN 12512 shall be used for modelling
the mechanical behaviour of mechanical connections.
The ultimate load Fu and the corresponding ultimate
displacement du are related to:
a) Failure. When failure occurred at the 1st or 2nd
cycle the displacement obtained from the
previous load step on the 3rd curve has to be
used.

Figure 6: Equivalent elasto plastic curve.

The seismic verification shall be performed in terms of
actions for brittle/non dissipative elements and in terms
of displacements (or rotations) for ductile/dissipative
elements.
The verification of brittle components (timber members
and brittle mechanical connections) modelled with
elastic elements shall be performed by comparing the
actions obtained at the global target displacement d*t
and the design force defined according to equation (3).
The verification of ductile components (ductile
mechanical connections) modelled by non-linear
elements shall be performed by comparing the
displacement (or rotation) obtained by the analysis at
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the global target displacement d*t with the design
displacement (or rotation) dd. For Ultimate and Damage
Limit State the design displacement is defined as 0.75 du
and dy respectively, where dy is obtained by the
equivalent elasto-plastic curve of the connection.
Additionally, inter-storey drifts obtained by the analysis
at the global target displacement d*t shall be lower than
3% for Ultimate limit state and 0.75% for Damage limit
state.

CONCLUSIONS

The revision work of Chapter 8 of Eurocode 8 is still
ongoing within the CEN TC 250/SC8/WG3 working
group. Some further improvements are still needed
regarding the following topics:
• clarification of the concept of static ductility and
research in order to provide more reliable minimum
values of the static ductility values for dissipative
zones given in Table 2 and needed at the different
scale (fastener, joint, subassembly) to attain a
certain value of the behaviour factor q for the
different structural systems;
• some improvements in the detailing rules section
adding provisions for structural components of other
structural types such as Log House buildings;
• proposal of analytical formulations for the
calculations of values of the behaviour factors q for
the case of mixed systems (e.g. Light Frame and XLam, X-Lam and reinforced concrete;
• more studies in order to check the reliability of the
current proposal for inter-storey drift limits for the
Damage Limit State verifications,
• other minor changes and modifications to the
existing provisions.
The current edition of Chapter 8 of Eurocode 8 [1] is
composed of only 5 pages in total, while the current
document of revision of Chapter 8 under discussion is at
present composed of 28 pages. It is common sense that a
standard should be as concise and accurate as possible,
and too many and unnecessarily complex provisions
should generally be avoided. Moreover it is felt, at least
in some countries like Italy, that too much detailed
provisions could be interpreted in a restrictive way by
building control officers. However, also a lack of design
rules or the incorrect application of the existing ones due
to a misinterpretation may lead to a possible nonconservative design, which could be particularly
dangerous for medium to high rise buildings. Therefore a
certain “balance” between conciseness and accuracy
should be sought.
Probably the best solution could be to reduce the length
of the chapter to a number of essential provisions
moving the detailed sections like for instance the
capacity design rules for the different structural systems
in an Annex.
Another possibility could be to publish the detailed
description of the general and capacity design rules
given for each structural type in a textbook containing

scientific background, references and worked examples
like in [8].
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DETERMINATION OF SEISMIC PERFORMANCE FACTORS FOR CLT
SHEAR WALL SYSTEMS
M. Omar Amini1, John W. van de Lindt2, Douglas Rammer3, Shiling Pei4, Philip
Line5, Marjan Popovski6

ABSTRACT: This paper presents selected results of connector testing and wall testing which were part of a Forest
Products Lab-funded project undertaken at Colorado State University in an effort to determine seismic performance
factors for cross laminated timber (CLT) shear walls in the United States. Archetype development, which is required as
part of the process, is also discussed. Connector tests were performed on generic angle brackets which were tested
under shear and uplift and performed as expected with consistent nail withdrawal observed. Quasi-static cyclic tests
were conducted on CLT shear walls to systematically investigate the effects of various parameters. Boundary
constraints and gravity loading were both found to have a beneficial effect on the wall performance, i.e. higher strength
and deformation capacity. Specific gravity also had a significant effect on wall behaviour while CLT thickness was less
influential. Higher aspect ratio panels (4:1) demonstrated lower stiffness and substantially larger deformation capacity
compared to moderate aspect ratio panels (2:1). However, based on the test results there is likely a lower bound of 2:1
for aspect ratio where it ceases to have any beneficial effect on wall behaviour. This is likely due to the transition from
the dominant rocking behaviour to sliding behaviour.
KEYWORDS: Cross-laminated timber (CLT), seismic performance factors, FEMA P695 methodology, ASCE7

1 INTRODUCTION 123
From their early development in Europe, Cross
Laminated Timber (CLT) buildings were mainly
constructed in low to moderate seismic regions.
However, recent research efforts in Europe, North
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America and Japan have been geared towards
investigating the behaviour and application of CLT
systems under high seismic loading. In the meantime,
CLT is beginning to find its way into the US
construction market and many researchers believe that it
can serve to fill a gap for certain regions of the US;
specifically, the mid-rise condominium, commercial, and
mixed-use building market in seismic regions. CLT
based Seismic Force Resisting Systems (SFRS) are not
recognized in the US design codes and therefore CLT
use for seismic force resistance can only be recognized
through alternative methods. This approach, however, is
more costly and more complicated, making CLT less
competitive against other conventional structural
systems.
A USDA (United State Department of
Agriculture) Forest Products Laboratory (FPL) funded
research project is currently underway at Colorado State
University (CSU); the purpose of which is to determine
seismic performance factors for CLT as a SFRS. The
study utilizes the FEMA P695 [1] methodology that
provides a systematic approach consisting of nonlinear
static and dynamic analyses. The procedure also takes
into account uncertainties inherent in test data and
modelling methods. Various phases of the project consist
of development of the archetypes, design methodology,
testing, modelling, and analyses. This paper presents
results from the experimental phases and archetype
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development aspect of the project. The testing phase of
the project includes three main parts, namely (i)
connector testing (ii) CLT shear wall testing, and (iii)
CLT small assembly testing. Test data is then used to
refine the design methodology and calibrate the
proposed numerical models for connectors and CLT
shear walls.

components and connections, and assembly and system
level tests. Material testing is not conducted as part of
this project since material design strength is in
accordance with the ANSI/APA PRG 320 [2] standard
that provides information on performance and
requirements for Rated Cross-Laminated Timber.

2

Investigating connector behaviour is important since
connector layout and properties greatly influence CLT
wall and lateral system responses [3, 4]. CLT panels
exhibit linear elastic behaviour and energy dissipation
and ductility is primarily achieved through the
connectors. The connector testing includes two types:
the angle bracket connectors and the inter-panel
connectors. Angle brackets were tested under shear and
uplift, while inter-panel connectors were tested in shear
only. Most of the connector tests from other studies to
date have been performed using proprietary metal
connectors. However, in this study, metal connectors
were manufactured from sheet steel in the machine shop
at CSU to keep the connector testing as generic as
possible. The reason a generic connector is used is to
eventually allow existing and new connector
manufacturers to perform an equivalency analysis to
enable the use of their products in the US. Steel angle
brackets used for attachment of the wall to the
supporting element is shown in Figure 2. These
connectors are designed per steel design standards and
the National Design Specification® (NDS®) for Wood
Construction [5] such that the nails yield under loading
and pull out of the CLT panel.
Shear and uplift tests for angle brackets were performed
under monotonic and cyclic loading. All shear tests were
conducted under displacement control using CUREE
protocol [6] with the reference displacement obtained
from monotonic testing. Reference displacement is
defined as the deformation at which the load drops
below 80% of the maximum load applied to the
specimen. In the case of uplift tests, specimen was
subjected to single-sided CUREE loading protocol. In
order to reliably capture statistical variability in the tests,
one monotonic and ten cyclic tests were performed for
each connection configuration. Two different grades of
CLT, E1 and V2, based on ANSI/APA PRG320 [2] were
also considered in the testing. Testing matrix is provided
in Table 1 and testing configuration is shown in Figure
3. Connectors performed as intended and nail withdrawal
was observed during the testing. Figure 4 shows A3 type
connector before and after the tests.

FEMA P695 METHODOLOGY
OVERVIEW

FEMA P695 is a methodology to evaluate seismic
performance factors that include the response
modification factor (R-factor), the system overstrength
factor, and the deflection amplification factor for seismic
design in the US. The methodology is an iterative
process that consists of nonlinear static and dynamic
analyses on a number of archetypes that are prototypical
presentation of the seismic force resisting system. This
iterative process is illustrated in Figure 1. These analyses
result in computing margin against collapse of the
archetype and hence the proposed system. It takes into
account uncertainties inherent in the test data and
modelling methods as well as variation in the ground
motion records.
The process is overseen by a technical peer panel and
their involvement is critical throughout. It culminates in
a project report along with the peer panel review that is
then used in the code adoption process.
Develop System Concept
Obtain Required Information
Characteristic Behaviour
Develop Model
Analyse Models

Evaluate Performance
Collapse Margin Ratio

3.1

CONNECTOR TESTING

Document Results
Figure 1: Overview of the FEMA P695 methodology

3

CLT TESTING

The FEMA P695 methodology requires testing at
various levels to reliably capture behaviour of the
proposed system. These tests include material testing,

Figure 2: A3 type connector with (8) 16d box nails
(dimensions in mm)
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Table 1: Connector test matrix

Test Type

Connector type

Shear

A3- (8)16d nails
and two 15.9 mm
(5/8”) rods

Uplift

A3- (8)16d nails
and two 15.9 mm
(5/8”) rods

3.2
CLT
Grade
E1
V2
E1
V2

Tests
One
monotonic
and 10 cyclic
One
monotonic
and 10 nonreversed

(a) Shear test configuration

(b) Uplift test configuration
Figure 3: Configuration for connector tests

(a) Before test

(b) After test
Figure 4: Wall-to-floor angle bracket shear and uplift tests

CLT SHEAR WALL TESTS

CLT shear wall tests were performed with the same
connectors used in the connector testing. The purpose of
these tests was to systematically investigate the influence
of various factors on behaviour of the wall in terms of
strength, stiffness, deformation capacity, and energy
dissipation. The influential factors considered are:
boundary condition of the CLT shear wall imposed by
CLT diaphragm, presence of gravity loading, connector
type, connector plate thickness, CLT grade, CLT panel
aspect ratio, panel thickness, and presence of inter-panel
connector (vertical joint). The main design assumption
for these walls as dictated by the design approach is that
all overturning is resisted by overturning anchor (tie rod
or hold-downs) at the ends of wall, and that shear is
resisted by the angle brackets. This assumption was also
adopted in the Italian SOFIE project [7].
The test matrix is provided in Table 2 and includes
information on the type of CLT, panel length, panel
thickness, number of connectors and applied gravity
load. The wall tests were conducted using the same
connectors tested under shear and uplift and the test
setup is shown in Figure 5. Vertical actuators are under
force control to apply gravity load while horizontal
actuators were under displacement control and applied
the CUREE loading protocol [6]. Base CLT was
provided to replicate floor condition and to give an
insight into crushing perpendicular of the floor when
panel exhibits rocking behaviour. Similarly, top CLT
used as a loader bar was added to replicate a floor
diaphragm. Lateral roller guides were provided to avoid
any out-of-plane movement of the wall. Instrumentations
include displacement and uplift at the bottom of the wall
and uplift on the other end, uplift at some of the
connectors, and in certain tests deformation of the wall
along the diagonal, and strain gauges on the holddowns.
As expected similar to the results obtained from [4, 8]
CLT panels exhibited rigid behaviour and energy
dissipation occurred in the connectors.
Based on the FEMA P695 methodology requirements,
the test boundary condition should be representative of
typical construction provided it does not result in any
beneficial effects. In the case of CLT walls an important
boundary condition is the interface between the wall and
the diaphragm. The size of the diaphragm is believed to
affect the wall behaviour under cyclic loading since the
diaphragm in a structure may be larger compared to the
walls and therefore may remain relatively horizontal
throughout the loading. This in turn creates a gap
between the wall panel and the diaphragm during the
loading and effecting rocking of a CLT wall. In order to
quantify the effect of a top boundary condition,
modifications were made to the original test setup,
shown in Figure 5, to include the effect of a top
diaphragm into the isolated wall test. This was done by
adding supports to allow sliding of the top CLT panel
while keeping it horizontal during the shear loading. The
supports, shown in Figure 6, consisted of four load cells
on each end with acetal polymer plates on top. Load
cells were added to determine the effect of friction and
adjust the horizontal actuator values if they were
significant. In order to determine the coefficient of
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friction of the acetal polymer plates, a total of 10 tests,
each with three levels of increasing vertical load, were
performed. Once the results were obtained for the
friction tests, two specific tests, Tests 05 and 06, were
conducted to investigate the effect of boundary condition
on CLT hysteresis. Test 05 was performed without the
imposed boundary condition while Test 06 included the
boundary condition and thus the force values obtained
from Test 06 were adjusted for friction. Connector
failure in wall test is shown in Figure 7 and the
hysteresis for both of these tests is provided in Figure 8.
From inspection of the hysteresis plots, it was found that
the test without the boundary condition imposed
produced similar load deformation response with only
slight differences in strength, stiffness, and displacement
capacity. As a result, additional testing utilized the less
complex test set-up without boundary condition
imposed.
Gravity load can also affect CLT wall component
behaviour and therefore, a number of tests were
performed to determine its effect on the isolated CLT
wall tests. A 1.22m x 2.44m x 169mm CLT wall under
three levels of vertical loads that include no gravity,
0.922 kN/m (0.68 kip/ft), and 1.84 kN/m (1.28 kip/ft)
were tested and the results of are shown in Figure 9.
These are tests 09, 03, and 04, respectively, in Table 2.
From Figure 9 one can see that an increase in gravity
leads to an increase in stiffness of the panel and a slight
increase in strength.
Table 2: Isolated CLT shear wall test matrix

Test #

Grade
&
Panel
#

Height
(m)

Length
(m)

#
Plys

Thickness
(mm)

No.
connectors*

Gravity
Load
(kN/m)

03

V2

2.44

1.22

5

169

3

0.92

04

V2

2.44

1.22

5

169

3

1.84

05

E1

2.44

1.22

5

175

3

0.92

06**

E1

2.44

1.22

5

175

3

0.92

09

V2

2.44

1.22

5

169

3

-

10

V2

2.44

1.22

3

99

4

-

11

V2

2.44

1.22

5

169

2

-

13

E1

2.44

1.22

5

175

2

-

14

E1

2.44

1.22

5

175

3

-

15

E1

2.44

1.22

5

175

2

-

17
18

E1
V2

2.44
2.44

1.22
1.22

5
3

175
99

4
2

-

19
20

V2
V2

2.44
2.44

1.22
1.22

3
7

99
239

5
5

-

21

V2

2.44

0.61

3

99

2

-

22

V2

2.44

2.44 5
99
4
0.61
23
V2 2.44
5
169
4
(2)
0.61
26
V2 2.44
5
169
8
(4)
*All the connector types are A3, **Only Test 06
performed with the imposed boundary constraint

Figure 5: Isolated wall test setup

Figure 6: Floor diaphragm supports

was

Figure 7: Connector failure Test 05
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Figure 8: Test 05 vs. 06- Hysteresis for tests with and without
floor diaphragms
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Figure 11: Test 10 vs. 17-Hysteresis for tests on two different
grades of CLT

Tests 19 and 20 were performed to examine the effect of
panel thickness on overall wall behaviour. Since CLT is
a rocking system, compression perpendicular to the grain
is thought to have an effect on the rocking behaviour.
Figure 12 indicates that there is only a slight difference
in the initial stiffness and maximum strength of different
thickness panels with the thicker panel being stronger
and stiffer of the two. A similar trend was observed by
comparing the results of Tests 11 and 18, shown in
Figure 13; albeit in this case the difference was less
significant.

No gravity
0.92 kN/m gravity
1.84 kN/m gravity

60

-150

200

0

50

100

Displacement (mm)

100
t=99 mm (3.9")
t=239 mm (9.41")

80

Figure 9: 1.22mx2.44mx169mm specimen tested under
different vertical loading

60

Force (kN)

40

The effect of CLT grade was investigated by comparing
the results of Test 09 with Test 14 and results from Test
10 with Test 17, although the thicknesses are different in
the case of the latter comparison. Results are shown in
Figure 10 and Figure 11, respectively. Based on the
hysteresis, it appears that CLT grade has an influence on
strength and stiffness of the CLT panels when the exact
same connectors and fasteners are used. A similar trend
is observed by comparing Tests 11 and 15; however, the
hysteresis are not shown here. There is likely a physical
property, e.g. specific gravity, that is driving this
difference and this will be further investigated with the
upcoming tests.
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Figure 12: Test 19 vs. 20-Hysteresis for different panel
thicknesses
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Figure 10: Test 09 vs. 14-Hysteresis for tests on two different
grades of CLT
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Figure 13: Test 11 vs. 18-Hysteresis for different panel
thicknesses
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80
60

1.22mx2.44mx99mm
0.61m(2)x2.44mx168.9mm

40

Force (kN)

In order to determine the effect of panel aspect ratio,
Tests 18 and 21 were performed and the hysteresis
compared in Figure 14. Results indicate that while
higher aspect ratio panel (4:1) exhibited less stiffness
and somewhat smaller strength, it had more deformation
capacity than the lower aspect ratio panel (2:1). This
added deformation capacity can be attributed to the
rocking behaviour of the panel as opposed to rocking
and sliding mechanism of other panels tested. However,
comparing Tests 22 and 10 in Figure 15, the difference
between the hysteresis is minute. This indicates that
there is a lower bound on aspect ratio where it has an
insignificant effect on the panel behaviour. This can be
attributed to the transition from pure rocking to rocking
and sliding to solely sliding behaviour.
The influence of inter-panel connectors can be examined
by comparing Tests 23 and 10, although panel
thicknesses are difference in these two tests. As seen in
Figure 16, inter-panel connectors add to the deformation
capacity of the wall comprised of higher aspect ratio
panel, but remain very close in peak capacity. The
vertical joint is designed to yield before the shear
capacity of the base connectors are reached resulting in
rocking of the individual panels. This is part of the
design method that was required to be developed as part
of the FEMA P695 procedure. This behaviour is
observed in Tests 23 and 26 shown in Figure 17 and 18,
respectively. Hysteresis for Test 26 is shown in Figure
19 and as seen vertical joints add to the deformation
capacity of the wall.
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Figure 16: Test 23 vs. 10- Hysteresis for 1.22m panel and (2)
0.61m panels
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Figure 17: Test 23- (2) 0.61m walls with vertical joint

Figure 14: Tests 18 vs. 21- Hysteresis for 2:1 and 4:1 aspect
ratio panels
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Figure 18: Test 26- (4)0.61m walls with vertical joints
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Figure 15: Tests 22 vs. 10- Hysteresis for 1:1 and 2:1 aspect
ratio panel
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Lateral Force (ELF) procedure was then used to obtain
the load demand on the structure. Proposed design
methodology which is refined based on the test data is
then used to determine the number of CLT shear walls
and the corresponding connectors which are then used in
the numerical model.
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Archetype Configurations

Figure 19: Test 26 hysteresis- (4)0.61mx2.44mx169mm

4

Archetype Designs

ARCHETYPE DEVELOPMENT

Archetype development is an essential part of the FEMA
P695 methodology and the purpose is to study typical
applications of the proposed seismic force resisting
system and verify its performance. Unique and irregular
configurations are dealt with on case by case basis, but
overall the objective is to ensure that enough of the
design space for a new system is included that there is
ample confidence that possible applications of the
system are represented.
Development of these archetypes are illustrated in Figure
20. Index buildings that include single family dwellings,
multi-family dwellings, and commercial buildings and
are developed as an initial part of the process to define
the design space. Based on the FEMA P695
methodology,
two-dimensional
archetypes
are
considered acceptable to represent wood walls and for
the purpose of this project archetypes are defined as twodimensional multi-story wall lines. Archetypes extracted
from these index buildings are designed and detailed
based on the proposed design methodology and
modelled using the numerical models. Archetype models
representing a mathematical idealization of the proposed
system are then analysed under nonlinear static and
dynamic loadings.
Table 3 lists a range of design parameters used in the
development of archetype configurations. The number of
stories ranged between 1 and 12 with story heights of
3.05 m and the proposed system was considered for
seismic design category (SDC) D. Non-structural wall
finishes are not included in the archetypes since they are
not defined as part of the lateral force resisting system.
The aspect ratio refers to the aspect ratio of individual
panels and longer walls comprised of high aspect ratio
CLT panels are connected through vertical joints.
Archetypes are assembled into various performance
groups based on configuration, seismic design category,
gravity load, and building height variations. Each
performance group includes at least three index
archetype configurations and for the purpose of this
study there are a total of 96 performance groups.
However, number of performance groups and hence the
archetypes analysed are systematically reduced for
analysis. Figure 21 and 22 show floor plans for two of
the index buildings developed for this study with the
extracted archetypes highlighted in red. The Equivalent

Archetype Models
Figure 20: Archetype development flow chart
Table 3: Range of variables considered for the definition of
CLT archetypes
Variable
Occupancy and Use

-Residential, Commercial,
and mixed use

Elevation and Plan
Configuration

-Various wall lengths
-Low, high, and mixed
aspect ratio

Building Vertical Configuration
Interior and exterior nonstructural wall finishes
Seismic Design Category
Gravity Load

-1-12 Stories
-3.05 m story height
-No considered
-Cmax/Dmin and Dmax
-ASCE 7 Table C3-1 [9]

Figure 21: Index building 4 (dimension in meters)
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5

CLOSURE

CLT is seen as a viable structural system in mid-rise
construction and the purpose of this project is to
determine seismic performance factors for CLT based
seismic force resisting systems. This is achieved through
the application of the FEMA P695 methodology with the
eventual goal of including this new system in the ASCE
7 Standard. Testing is one of the major steps identified in
the methodology and this paper presents the results of
connector and CLT shear wall tests conducted at CSU.
Connectors performed as intended with the nonlinear
behaviour isolated in the fasteners. Wall test results
showed that boundary conditions had a slightly
beneficial effect on the CLT wall behaviour and could
therefore be neglected in additional testing. Tests on the
walls with gravity loads indicated that both stiffness and
strength increase as the gravity load increases; however,
the change in the latter was less significant. A study of
panel thickness showed that thickness has only a slight
effect on wall stiffness and strength, as both properties
were highly influenced by the connection behaviour.
Other comparisons of the panel behaviour based on
thickness showed similar trends. Results of a 4:1 aspect
ratio panel compared to a 2:1 aspect ratio panel showed
the higher aspect ratio panels had significantly less
stiffness but had more deformation capacity than the
lower aspect ratio panels. The effect of this on the
development of the seismic performance factors remains
to be seen but it is clear that both have offsetting effects
to some degree. The increase in deformation capacity
can be attributed to the rocking behavior of the panel as
opposed to rocking and sliding mechanism of other
panels tested. On the other hand, comparing the results
of 2:1 with 1:1 aspect ratio panel the differences in the
stiffness and deformation capacity between the two tests
were not as pronounced. Testing has also shown that
walls comprised of higher aspect ratio panels that are
connected through vertical joints exhibited less stiffness
but considerably larger deformation capacity.
Full results of the FEMA P695 study are anticipated at
the end of the 2016 calendar year with the proposal
moving forward to appropriate committees in 2017.
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An Overview of CLT Research and Implementation in North America
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ABSTRACT: Although not yet seen as common practice, building with cross laminated timber (CLT) is gaining
momentum in North America. Behind the scenes of the widely publicized project initiatives such as the Wood
Innovation Design Centre Building in Canada and the recent U.S. Tall Wood Building Competition, substantial
research, engineering, and development has been completed or is underway to enable the adoption of this innovative
building system. This paper presents a brief overview of the current status of CLT building development in North
America, highlighting some recent U.S. and Canadian research efforts related to CLT system performance, and
identifies future CLT research directions based on the needs of the North American market. The majority of the
research summarized herein is from a recent CLT research workshop in Madison, Wisconsin, USA, organized by the
USDA Forest Products Laboratory. The opportunity and need for coordination in CLT research and development
among the global timber engineering community are also highlighted in the conclusions of this paper.
KEYWORDS: Cross Laminated Timber, Research and development, Tall wood building, Building performances,
North American market.
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1 INTRODUCTION 789
Only a few years ago, cross laminated timber (CLT) was
still a novelty for the North American building market.
But the ability of CLT to serve as a sustainable timber
material for the non-residential market has attracted
significant interest from the wood industry, researchers,
and practitioners. CLT also has the ability to turn lower
value wood stocks into a high value products and foster
economic development in rural communities. Since the
introduction of CLT to North America in the early
2000’s, some progress has been made to enable pilot
building projects in the U.S. and Canada utilizing this
new construction material, despite a lack of
comprehensive streamlined building code adoption. As a
new product, there are practical challenges for CLT
implementation in North America in terms of material
supply, structural safety, serviceability and fire
performance, and code acceptance. Different industry
and research groups have been conducting research and
development projects to address these challenges. In
order to better coordinate CLT research efforts in North
America as a whole, the U.S. Department of Agriculture
(USDA) Forest Service, Forest Products Laboratory
(FPL) partnered with the Softwood Lumber Board and
organized a Mass Timber research workshop [1] in
November 2015 in Madison WI. This workshop hosted
representatives from major research projects related to
Mass Timber, which includes CLT, in the U.S. and
Canada. Together with over 125 workshop participants
from industry, academia, and government, the current
status of North American CLT research and future
directions was discussed. Shortly after the CLT research
workshop, a mass timber conference was held in
Portland Oregon where additional CLT research and
policy topics were discussed, together with introduction
to a number of ongoing CLT building projects in the
U.S. This paper presents an overview of the recent
research and development from these meetings, as well
as an introduction to the efforts to pursue large scale
CLT building construction in the U.S. and Canada.
Numerous researchers, engineers, architects, and their
organizations contributed to advance North American
CLT construction from non-existence to the current
stage where initiatives have been taken to push the
boundaries of modern timber construction, but the work
is far from completed. The authors intend this paper to
serve the international wood research and design
community as an informative outline for the current
landscape of North American CLT research and
development and help support the coordination of the
global CLT research in the near future.

2 CLT AS A NEW PRODUCT IN NORTH
AMERICAN MARKET
2.1 Manufacture and Supply
CLT manufacturers in North America have seen a steady
growth since the product was first introduced. This trend
is driven by a combination of new businesses focusing
on CLT manufacturing and existing engineered timber
producers adding CLT manufacturing capacity to their
product lines. Canada-based companies Structurlam and
Nordic Structures have been producing locally sourced
CLT panels since 2010 and remain the largest Canadian
CLT manufacturers to date. The U.S. CLT
manufacturing started later with SmartLAM in Montana
being the first U.S. based CLT company (starting around
2012). As an example of the growth potential,
SmartLAM has grown to produce over 1 million board
feet of CLT per-month, with plans to expand and build
another production facility. States in the Pacific
Northwest of the U.S., especially Oregon and
Washington, have shown great interest in pursuing CLT
manufacturing and utilization strategically to enhance
local economy. An example of this is the DR Johnson
Lumber Co. In Riddle, OR began manufacturing CLT in
2015. Another U.S. CLT manufacturing facility built by
Sterling Lumber Company in the Chicago suburbs will
begin production in the spring of 2016. Sterling will
have the ability to produce a 2.4 m by 6.1 m CLT panel
every 60 seconds.
A number of research projects related to manufacturing
and supplying CLT as a product were funded in the U.S.
in recent years, with some still on-going. These research
efforts focused on efficient use of local wood species
and market analysis. A recently concluded study
investigated the use of southern pine to manufacture
CLT panels for use in North American construction [2]
[3]. A number of full-size 3- and 5-ply CLT panels were
tested with various types of adhesives. The structural,
fire, and hygrothermal characteristics of these locally
produced panels were evaluated. This research provided
some insights into the potential of CLT plant start-up in
the southeast part of the U.S. At the same time
researchers at Virginia Tech were funded by the USDA
Forest Products Research Program to develop low value
hardwood CLT manufacturing options [4]. A CLT
supply chain study (Washington State University, ongoing) was funded [5] to identify existing gaps for CLT
to be successful in commercial buildings. This study
proposed a “forest to market” supply chain model for
major western states considering softwood availability,
sawmill capacity, potential markets, and use of relatively
new techniques such as high-speed mobile sawmilling.
Another research effort led by researchers from Oregon
State University (on-going) [5] looked at the potential of
using low-value lumber from small diameter logs
harvested in Pacific Northwest Forest Restoration
Programs in CLT manufacturing. The researchers
propose to manufacture CLT panels with core layers
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made out of low-value lumber and develop
corresponding product standards. It is likely that through
the knowledge gained from these studies and a
consistently growing local CLT market, integration of
CLT manufacturing into the fabric of the existing local
forest management/lumber industry will be a main
direction for U.S. CLT production.
2.2 Code and Standards
Development of a product standard is one of the first
steps needed to introduce a new product for engineering
design. While CLT manufacturers in Europe adopted a
proprietary approach for panel mechanical properties,
the first performance-based CLT material standard for
CLT in North America was developed through the
collaboration
of
APA-The Engineered Wood
Association and FPInnovations [6]. The PRG320
standard [7] was published in 2012 and recognized by
American National Standards Institute (ANSI). The
standard specifies a total of 7 CLT performance grades
and the testing methods to quantify and determine the
grades. PRG320 is referenced in the 2015 edition of the
National Design Specifications (NDS) for Wood
Construction in the U.S., and the 2014 edition of the
Canadian National Standard for Engineering Design in
Wood (CSAO86). North American CLT manufactures
have been gradually adopting this standard, with
Structurlam, Nordic and the DR. Johnson Lumber
Company being the first North American CLT
manufacturers to obtain the APA certification to meet
PRG 320. PRG320 specifies requirements for lamination
and adhesive materials (referring to existing adhesive
standards), as well as methods of testing and quality
assurance. It does not include nail-laminated CLT or
other CLT products manufactured without adhesive face
bonds.
Through timely efforts of the wood engineering
community and the American Wood Council, a
dedicated Chapter for CLT was added to the 2015
edition of National Design Specification® (NDS®) for
Wood Construction standard. Chapter 10 of the latest
NDS applies to CLT manufactured according to PRG320
with reference design values provided by the
manufacturer or through code evaluation reports. The
description of CLT design recommendations in the NDS
remains brief, but follows a similar format as other
engineered wood products such as I-Joists and SCL with
the application of adjustment factors for different design
conditions. Chapter 12 of the NDS also indicates edge
spacing requirements for dowel type connectors when
applied to CLT panels. While the design provisions for
CLT is expected to evolve as more information on CLT
system behaviour becomes available through research
and development, the timely inclusion of CLT codereferenced standards is a critical step in expanding the
North American CLT market. Chapter 16 of the NDS
also provides a methodology for calculating the fire
performance of CLT based on a char rate approach
similar to that used for other wood products.

With the 2015 International Building Code (IBC)
referencing the 2015 NDS, jurisdictions adopting IBC
2015 will be able to utilize CLT building components in
regular projects. In 2012, AWC sponsored an ASTM
E119 fire endurance test on CLT. A 5-ply CLT specimen
(6-7/8 inches thick), was covered on each side with a
single layer of 5/8" Type X gypsum wallboard was
loaded to the maximum load attainable by the test
equipment. This test, along with a series of CLT wall
and floor tests conducted by FPinnovation were used to
substantiate the performance of CLT leading to the
recognition of CLT as Heavy Timber and permitted uses
of CLT in TYPE IV construction in the 2015 IBC. Type
IV construction must be built without concealed spaces
and can be used with buildings of up to 65 feet. With
future (and some on-going) CLT construction routinely
exceeding this limit, the International Code Council is
creating a Tall Wood Ad-hoc Committee [8] to evaluate
appropriate actions to take for future IBC versions to
ensure safety of tall timber buildings potentially utilizing
mass timber products. It is anticipated that the
Committee will target submission of code changes for
the 2018 Group A Cycle (IBC) in January, 2018.
Adoption of CLT construction in local jurisdictions has
also made progress in regions of the U.S. where interest
is high, such as the recognition of CLT as a state-wide
alternative method in Oregon with reference to the IBC,
NDS, and ASCE 7 for seismic design methods.
The CLT Handbook [9] developed by FPInnovations in
2011, has served as a reference for CLT related design in
North America, especially when there was no design
information implemented in the codes. The fire related
chapter of this handbook has already been updated,
while work is underway to update the chapter on seismic
design.
In Canada, the implementation process in building codes
and standards is also underway. With 2014 edition of
CSAO86 standard been referenced in the 2015 edition of
the National Building Code of Canada (NBCC) CLT can
be used as a structural material. Comprehensive design
provisions related to CLT were implemented in the 2016
supplement to the 2014 CSAO86. The supplement
includes information on bending, shear, and combined
bending and axial resistance of CLT as a structural
member in floor and wall applications, deflections and
vibration performance criteria for floors, shear and
withdrawal resistance of connections with bolts, dowels,
nails, spikes, and lag screws, CLT as a lateral load
resisting system in platform type structures, and fire
resistance. This design package is the most
comprehensive design package for CLT structures
introduced in any material standard in the world so far.
To facilitate the use of timber in tall wood-based
buildings and to help the Natural Resources Canada
(NRCan) tall wood demonstration projects initiative,
FPInnovations has developed a technical guide for
design and construction of tall wood buildings [10]. The
guide was prepared to assist architects, engineers, code
consultants, developers, building owners, and
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Authorities Having Jurisdiction (AHJ) in understanding
the unique issues to be addressed when developing and
constructing tall wood buildings including CLT
structures. In addition, FPInnovations has also helped
Régie du Batiment du Québec in developing and
publishing a technical guide for design and construction
of mass timber buildings up to 12 storeys [10]. This
guide provides the directives needed for designers of tall
wood buildings in the province of Quebec to produce
their designs, plans and specifications. Finally, the
Canadian Wood Council (CWC) and its partners are
currently working on code change proposal for raising
the height for wood buildings from the fire prospective
up to 12 storeys for the 2020 edition of NBCC.
2.3 Pilot Projects
A number of landmark CLT (or mass timber) building
projects that were completed or under development in
North America in the past 5 years are presented briefly
in this section. This list represents an innovative
portfolio of the projects planned intentionally to push the
boundary and challenge the existing code limitations.
Most of these projects underwent special permitting by
local jurisdiction, and developed customized testing and
analysis programs to generate data to support their
design. These experiences and data will add valuable
contents to the knowledge base of CLT construction in
North America.
Wood Innovation and Design Centre, Prince George
BC
Completed in 2014, this 96 feet (29.5m) eight-story
building (6 storey with mezzanine, plus penthouse)
remains the tallest contemporary wood building in North
America as of 2016. This height record will soon be
surpassed by other tall wood building projects given in
this list. The building is part of the University of
Northern British Columbia used mainly for education
and research purposes. Designed by Michael Green
Architects, the building utilized CLT as the elevator/stair
core and floor diaphragm of the building. The gravity
system consists of Glulam beams and columns. With
significant amount of exposed wood features, the fire
and smoke separation performance tests were conducted
to help convince city building officials. This project has
received great public attention and a number of
architecture and innovation awards [11] since its
opening.
Albina Yard, Portland OR
This 4-story office building is under construction in
Portland’s Mississippi District. Albina Yard is the first
building in the U.S. using domestically-fabricated crosslaminated timber as a structural diaphragm incorporated
into a glued-laminated frame. The glulam timber frame
is on a 10-foot-by-25-foot grid with concealed steel
connectors.
475 West 18th, New York City
This 120-foot-high 10-story condo building in NYC is
the east coast winner of the U.S. Tall Wood Competition
[12] and received the $1.5 million prize from USDA

towards its development cost. The building will utilize a
combination of heavy timber framing and CLT floor
system. The architectural design (by SHoP Architects)
seeks to display wood’s natural beauty and will
implement exposed wood components when possible,
which give rise to the need to research for fire resistance
of exposed wood structural members. This project team
also has an ambitious target for achieving LEED
Platinum certification, reducing at least 50 percent
energy consumption relative to current energy codes
[13]. The building construction is expected to start in
2016.
The Framework Project, Portland OR
The west coast winner of the U.S. Tall Wood
Competition is the 12-story mixed-use wood building
(130 feet tall) located in Portland. Due to significant
seismic loading, lateral design of this tall wood building
has incorporated an innovative post-tensioned rocking
wall system recently studied by a group of researchers
through funding from National Science Foundation [14].
The building will utilize a rocking CLT core structure
with a gravity timber glulam frame expanding out to the
perimeter of the floor plan. CLT floors will be used. The
primary gravity resisting system uses glulam beams and
columns. The structural design by KPFF has an ambition
to achieve repairable performance for moderate
earthquake events on a voluntary basis. The Framework
project is currently scheduled to start construction in
October 2016.
Carbon 12, Portland OR
Carbon 12 is an 8-story (85 feet in height) residential
CLT building developed by Kaiser Group located in
Portland. Similar to other tall CLT building development
in the U.S., the building employed heavy timber gravity
frame, CLT floor, and CLT core walls. Special features
for Carbon 12 include integrated moisture and
temperature monitoring and a mechanical underground
parking system. The building is currently under
permitting process and expected to break ground in late
2016.
The Hines T3 Project, Minneapolis MN
Technically not a CLT building, the T3 project utilizes
nail laminated timber panels as the floor system with
concrete overlay for acoustics. This 7-story building is a
mixed construction with one concrete bottom story, 6
wood stories on top, and a concrete elevator core. The
building is intended for office use and can accommodate
space programming for either open office layout or
traditional private office layout. With an 11 feet story
height, the total building height will be about 80 feet.
The T3 building is currently at the final stage of
structural construction, with expected opening of the
building by fall 2016
Candlewood Suites Hotel, Huntsville AL
The Candlewood Suites Hotel is a 4-story building with
a typical hotel floor layout constructed by Lend Lease at
the U.S Army Redstone facility. Although it is not a tall
CLT building with challenging design features, it
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highlighted the feasibility and cost-competitiveness of
multi-story CLT structure even at 4 stories. The project
was able to be cost-neutral when compared to typical
traditional construction because of the savings in
schedule and personnel. The project team concluded that
CLT can be very competitive when there are schedule
and labour constraints and high foundation costs. This
is the first CLT hotel in the U.S. and Lend Lease’s first
CLT project in North America, executed with previously
inexperienced workers that were trained on site. With
this successful experience, Lend Lease continues to
engage in additional CLT projects in the U.S.
Brock Commons at University of British Columbia
(UBC), Vancouver BC
This 18-story wood-concrete hybrid building is under
construction and is planned as the first phase of the new
690-bed UBC student housing complex. The ability for
UBC to permit building construction as an independent
jurisdiction made this ambitious venture possible. This
building that is part of the NRCan’s tall wood
demonstration building initiative, will be 174 feet (53m)
high and take the title of the tallest wood building in
North America at the time of completion (fall 2017). The
structural design for gravity loads feature CLT floor
panels as two-way slabs supported on a glulam column
grid [15]. The columns at each story transfer the axial
load directly to the column below through steel bearing
connection to avoid crushing of the CLT floor panels
under compression perpendicular to wood grain loads.
The lateral loads are resisted by a concrete building core.
The design team is targeting at LEED Gold certification
for the building’s energy performance.
Arbora Complex, Montreal, Québec
Located in Montreal, Quebec, Arbora will be the largest
complex in the world built from massive timber. This
complex, which is in a design stage at the moment, has
597,560 square foot of usable space with a total of 273
condominiums, 30 townhouses and 130 rental units for a
total of 434 residential units. With its three 8-story
buildings, this development will distinguish itself on the
environmental front by aiming to include 40 % of its
area dedicated to green space and by striving to achieve
a LEED Platinum certificate.
Origine Building, Quebec City, Quebec
Origine, a major 13-storey residential project in Quebec
City’s Pointe-aux-Lièvres eco-district, will consist of a
12-floor solid wood structure on a concrete podium and
measure 40.9m in height. A long time in the making, the
project has drawn on input from government officials as
well as research institutes, and will help pave the way for
the development of a North American market for solid
wood building products made in Quebec.
Other Notable Efforts
The project list summarized in this section is not meant
to be a comprehensive list of all CLT building projects in
North American, but only to highlight the trend of CLT
development in the region. In fact it is virtually
impossible to develop an exhaustive list as new projects

of different scales continue to merge. Other notable CLT
projects that are currently in progress include:
• Integrated Design Building at University of
Massachusetts that combines CLT with glulam
zipper trusses.
• Richard Woodcock Centre for Education at
Western Oregon University is the first project to
utilize Oregon-made CLT.
• Not a real construction project, but a conceptual
design study of an existing 42-story concrete
building in Chicago was conducted by
Skidmore, Owings & Merrill (SOM) utilizing a
timber/concrete hybrid system.
It is abundantly clear that while the CLT industry and
code acceptance in North America are still in their early
developmental stages, there is very strong market
interests in this new construction method to push the
envelope of wood-based commercial construction. Some
of these on-going projects face challenges that are new
to CLT construction world-wide, such as building CLT
over 10 stories in regions of high seismicity, and
maintaining building fire performance with large portion
of wood exposed. At the same time, these challenges are
also being addressed through active research efforts in
North America in the past several years, which will be
introduced in the following section.

3 CLT RESEARCH IN NORTH
AMERICA
A workshop was organized in November 2015 by the
Forest Products Laboratory to discuss current research
efforts related to CLT in the U.S. and Canada. With
more than 120 participants, the workshop reviewed
findings from some recently completed projects and
discussed research needs in several key areas of CLT
building design and construction. The research projects
discussed during the workshop are summarized in this
section, followed by the identified future research needs
in section 4.
3.1 Structural performance
A research project [16] funded by USDA to complete a
FEMA P-695 [17] evaluation on CLT shear walls (CLT
panel walls connected to floor/ceiling with metal
connectors). This study is currently underway at
Colorado State University and will identify seismic
design parameters for CLT applicable to ASCE 7
seismic design provisions. The FEMA P-695
methodology requires a combination of research
activities to justify design parameter values, including
testing, nonlinear static and dynamic analyses, an
extensive peer-review, and archetype and design method
development. While the study is still on-going (expected
to be completed by the end of 2016), researchers
reported on current progresses including connector and
shear wall testing results, proposed a building design
space made up of 11 fully designed buildings from
which the archetypes were extracted, and have
developed the numerical models for those archetypes.
Some examples of several performance groups within

WCTE 2016 e-book | 3416

the methodology were presented in their preliminary
form with the procedure to determine the collapse
margin ratio. There was very strong interest from the
audience on the projected results from this research as it
will fill a void in current seismic design procedure for
multi-story CLT buildings.
Different from panelized CLT shear walls, a posttensioned rocking CLT lateral system was investigated
in a NSF funded research project to develop seismically
resilient tall CLT buildings [14]. The focus of this study
was on performance-based design using high
performance lateral systems that can remain damage-free
in moderate earthquakes and be repairable for larger
earthquakes. A series of full-scale CLT rocking wall
tests were conducted at Washington State University
(WSU) and generated convincing data for the resilience
potential of the proposed rocking wall systems. When
designed and detailed correctly, the rocking wall system
can self-center and limit damage at 5% inter-story drift.
The results of this project were shared with industry and
enabled the consideration of rocking CLT system in the
Framework project. The project team also investigated a
sliding diaphragm (as inter-story isolation) option for
multi-story platform CLT construction. The prototype
sliding diaphragm system was also tested with various
configurations at WSU. While the current resilient CLT
system project has concluded with component testing
results, the research team is proposing a 2nd phase of the
project to investigate system level performance and test a
full scale 10-story CLT building on the shake table at
UC San Diego, pending funding availability.
Buckling Restrained Brace (BRB) is a proven
component to enable ductile performance in braced steel
and concrete frame systems. A research effort was led by
ARUP to develop a heavy timber BRB by encasing steel
yielding element in glulam bracing studs. Due to the
maturity level of a similar system made of steel and
concrete, it is expected that a pathway towards code
acceptance will be easier than CLT-based lateral
systems. As a large number of tall mass timber buildings
also use timber gravity frames, it is relatively straight
forward to add BRB for ductile lateral resistance. In
addition to conceptual design and preliminary building
system analysis, ARUP is collaborating with other
industry partners to conduct prototyping and testing of
full scaled BRB components. The challenge in a heavy
timber BRB design is to ensure compatibility between
the lateral and gravity systems, and ensure gravity frame
stability under large drift levels.
There is currently no design guideline for CLT
diaphragms to calculate its strength and stiffness.
Although it is likely the CLT diaphragm strength will be
dictated by connections, PRG320 does not address inplane panel shear strength. There have been several
experimental [18] and numerical [19] research efforts on
diaphragm connections. But a system level testing
program is still needed to integrate connection and
system performance. For design implementation, a white
paper document [20] was recently released to showcase

simple CLT diaphragm design following the current
CLT Handbook recommendations. A modified
deflection calculation formula was also proposed to
account for large panel influence.
FPInnovations, along with UBC, and University of New
Brunswick (UNB), have been on the forefront of the
CLT structural performance research in Canada.
Canadian researchers have received strong funding
support since 2008 through several wood research
initiatives such as the Network for Engineered Woodbased Building Systems (NewBuildS). The study on
CLT as a lateral load resisting system (LLRS) started
with reverse cyclic testing of CLT walls with different
configurations at FPInnovations [21], followed by
numerical analysis to develop models for these walls and
a preliminary estimation of seismic force modification
factors [22]. System level lateral tests were also
conducted to investigate assembly performance in a 3D
house configuration [23]. In-plane shear stiffness of the
CLT panels was investigated both numerically and
experimentally, and analytical models were developed to
predict the in-plane stiffness of CLT panels with
openings [24]. At the system level, conceptual design of
tall (up to 30 stories) timber-steel hybrid structural
system FFTT was proposed [25]. A comprehensive study
on the structural performance of a 20-storey building that
includes a mass timber panel core as the prime LLRS
was also conducted [26]. Finally, a comprehensive study
on the use of CLT as an infill panel in steel wood hybrid
construction was undertaken [27].
3.2 Serviceability
Serviceability issues of CLT material and building
systems mainly include vibration and acoustics,
hygrothermal performance, and creep. Systematic study
on these topics is currently limited. The rational
approaches to address these issues in current building
practices have been summarized in the CLT Handbook.
Experimental studies have been carried out by different
groups including FPInnovations and FPL. For example,
vibration tests on 5-ply and 7-ply CLT floors were
conducted by FPInnovations with a subjective evaluation
system to quantify performance. Creep tests for 5-ply
and 9-ply CLT panels were also conducted. There is still
a need to gather more testing data on CLT panel and
assembly vibration and acoustics performances to
establish a more comprehensive understanding of North
American CLT material serviceability issues for
different building applications.
The hygrothermal performance of CLT material and
building components was investigated by FPL through
laboratory testing and building monitoring. Although the
existing CLT Handbook outlines recommended design
for CLT building envelope, the actual performance of
the CLT building regarding moisture is largely unknown.
The possibility of CLT panels getting wet during
construction is not negligible, and the drying
performance of the panel in a realistic building
configuration is not well understood. In the FPL
moisture monitoring study, a number of remote moisture
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sensors were installed on a CLT roof at different
locations and collected about 3 years of moisture data
since 2012. The results showed that the roof moisture
barrier of the monitored building performed
satisfactorily during the monitoring period, eventually
keeping the moisture content of CLT under 10%.
However, this is just one data point for satisfactory
performance. Additional similar data and system level
testing or actual CLT building monitoring program in the
future can help fill in this knowledge gap.
3.3 Fire performance
Because mass timber construction will likely have
exposed structural components made with wood,
addressing how the exposed timber impacts a fire over
its full development through to self-extinguishment
becomes a fire safety issue. There are a number of
research projects (primarily in Canada) focusing on CLT
fire performance as a component or in a compartment
setting. CLT panels with different ply configuration with
and without gypsum protection were tested by
FPInnovations at the NRC fire lab using standard ULC
S101 fire exposure [28]. Char rates and fire resistances
were determined for the panels, generating a good data
set for subsequent studies. Another experimental study
on CLT compartment fire performance was conducted
by McGregor at Carleton University considering
different level of fire load and protection levels [29]. The
tests involve typical furniture fire load and a propane fire
scenario. Fire in a protected room with only furniture
fuel was shown to self-extinguish, with CLT remain
unaffected. The unprotected CLT panel can delaminate
and add to fire load. With propane fire, even protected
room can fail and initiate second flashover after the
gypsum board failed (due to extensive charring).
CLT floor system fire performance was investigated in
another study by Aguanno at Carleton University [30]. A
total of 8 floor panel configurations were tested
including 3 and 5 ply panels with different level of
gypsum protection. Some configurations were repeated
at different scales. All specimens were loaded and tested
to failure (rapidly increasing deflection or flame
penetration). A numerical model was developed based
on empirical temperature-dependent relationships in
standard fire tests, thus may have limited portability. The
results indicated that adhesive failure played a critical
role in ply delamination, which starts around 200 C for
the specimens tested. The deflection of CLT floor
showed nonlinear trend with charring, and clearly
affected more by the loss of spanning (parallel) ply than
perpendicular ply.
Three partially protected CLT rooms were tested under
non-standard fire load (using furniture and clothes) by
Hevia at Carleton University in 2013[31]. The specimens
varied mainly by where gypsum protection was applied
and the ambient temperature. This study considers the
impact of the architectural decision to leave one or two
walls in the room exposed. The test results indicated that
a certain percentage of the room interior surface area can

be left unprotected without increasing the risk of fire
spread or intensity, but further research is needed.
Self-extinguishing of fire on CLT material was studied
by Crielaard through small sample tests [32]. The study
quantified some factors affecting self-extinguishment,
including the potential of delamination, the heat flux of
CLT, and the airflow. Increased thickness of the top
lamination was believed to help extinguish fire because
it reduced the chance of delamination.
Fire performance of CLT panel material was also
investigated at the FPL. A series of CLT samples with
different glue types, lamination lay-out, and protective
membranes were evaluated. The goal is to find a design
that maximizes the hourly fire rating so that the
structural panels can be used in a larger variety of
situations. Char rate is the focus of the study because it
will directly translate to hourly rating of the exposed
panels in buildings.
Protected compartment fire tests were conducted by
AWC in 2015 for a 16x12 ft CLT room with typical fuel
load from furniture and contents. Test results confirmed
observations from earlier compartment fire tests that
gypsum protected CLT (2 layers of 5/8” Type X gypsum
wallboard used in this study) can achieve nearly damage
free performance during a fire burn out event. A room
with only one wall unprotected has acceptable
performance under fire, while the room with two walls
unprotected can experience CLT delamination.
Currently, Chapter 16 of the 2105 NDS incorporates a
design methodology to calculate fire resistance for CLT
using a char rate approach.
3.4 Other Research
Aside from research efforts directly related to lateral
systems, serviceability, and fire performances, there
were other interesting research topics presented during
the CLT workshop, including:
• An innovative interlocked CLT panel product
that does not require glue, which was developed
by Euclid Timber in Utah. This product has
been applied to small scale local projects
including a bathhouse and cabins for girl scouts.
• An on-going project investigating blast-resistant
CLT exterior walls in order to expand mass
timber to civilian and military applications
requiring blast protection. The study combines
expertise from consulting industry (K&C) and
academia (University of Maine) to develop
numerical modelling capacity and test plans to
quantify CLT blast resistance. Both static
pressure testing and live blast testing are
planned for this study
• FPL is also interested in developing tornado
safe rooms using the concept of mass timber
construction. The proposed prototype can be
categorized as a nail-laminated mass timber
system that can be easily constructed by a home
owner. The prototype has been subjected to a
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series of air-cannon impact tests and shown
promising results.

4 IDENTIFIED CHALLENGES
With different interest groups and research organizations
considering CLT, the coordination of CLT research at
the national and international level presents a challenge
by itself. While there have been a few portal websites
that promote the use of mass timber (e.g.
Rethinkwood.com), the workshop participants felt there
is a need for a well-maintained and easy-to-access CLT
research database. This organizational support can not
only help enhance the exchange of information among
researchers but also help the industry to better
understand the latest research advances that may be very
relevant to their practices. Because of the natural lag in
research and publication, it is important to organize ongoing research progresses in addition to completed and
published research.
Another fundamental challenge was expressed as to how
the wood industry is going to train future leaders to
advance new generation of mass timber construction.
The current education on new trends of timber
construction has been heavily relied on outreach
seminars and short courses at the professional level (e.g.
WoodWorks educational series). A more fundamental
and systematic educational infrastructure for modern
timber engineering is currently lacking in higher
education in the U.S. (a large percentage of engineering
schools do not even have timber design curriculum).
This calls for a need to evaluate current wood education
structure at trade school, university, and the practicing
professional level. It might be feasible for the wood
industry to collaborate with ASCE and establish a
pathway to ensure access of timber design for students
graduating with a Civil Engineering degree. Also,
university programs with a tradition in timber
engineering need to team up to strengthen the research
and training infrastructure for graduate student
researchers (such as the collaboration effort between
University of Oregon and Oregon State University).
Aside from these two fundamental challenges, the
following research topics were identified as the
challenges that North American CLT community should
prioritize in the next a few years:
Resistance to Lateral Loads
The development of CLT shear wall system R factors
and design guidelines and examples for seismic
performance were identified as a high priority. The
current FEMA P-695 project for CLT shear walls will
not cover all types of CLT lateral systems due to the
scope of what was able to be modelled and validated.
Seismic design methodology and factors for other CLTbased systems will still be a research priority due to the
demands of tall CLT buildings in seismic regions.
A design and analysis guideline for CLT diaphragms
should be pursued and validated through testing as the

diaphragm is a critical structural component in lateral
design. Although CLT diaphragms can be more robust
than traditional wood frame diaphragms, quantitative
evaluation of its strength and stiffness properties must be
enabled for rational structural design. The testing of
connections and full-scale experimental diaphragm
testing are needed to quantify the behaviour and failure
modes of CLT diaphragm. These test data will
eventually lead to the standardization of CLT diaphragm
design methodologies.
With new mass timber lateral systems potential to have
high ductility and even resilient performance (e.g. posttensioned rock wall and BRB frame), the deformation
compatibility between gravity framing and lateral
deflections needs further evaluation to ensure
satisfactory building performance as a whole during
large earthquake events.
Increase in wood building height and scale calls for
higher capacity connections and construction details.
There is always a need for innovation in connections and
the subsequent testing and research to validate their
performance and development of design guidelines.
However, this part of research can likely be conducted
by the industry via a proprietary product model, as it has
been done for some existing special connections for
mass timber framing.
Building Performance
Durability of mass timber construction is often
questioned by the general public as wood is traditionally
viewed to be less resistant to environmental deterioration
compared to steel and concrete. Currently, little is known
about the effect of exposure of CLT to bulk water and
the appropriate level of protection in current CLT
construction practice. There is a lack of data on how
large scale CLT buildings perform in the long run.
Building moisture research is needed to demonstrate
hygrothermal performance of CLT and tall wood
buildings during transport, construction, and operation
cycles. Data collection may take a relatively long period.
Due to the lightness of the material (relative to concrete),
there exist needs for performance-based vibration design
guidelines for mass-timber floors, as the design
sometime is controlled by stiffness rather than strength.
Wind-induced vibration in tall wood buildings is another
design consideration that needs evaluation from both
occupant comfort and structural performance
perspectives. Coupling vibration research with acoustics
research could also be beneficial.
The design considerations for different aspects of
building performance also overlap. Research on how
these different requirements interact with each other and
the guiding principle to achieve optimal design is needed
for new CLT archetypes. This research is likely to be
conducted first for specific projects, and later a common
guideline could potentially emerge after enough
experience was accumulated.
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It will be extremely beneficial to the wood industry if the
CLT building developers can be incentivised to invest in
in-service building performance monitoring systems to
generate needed performance data that can later be used
to educate and convince the building officials and the
public.
Fire Safety
Communication and education regarding fire
performance of mass timber structures is a barrier for
these building systems. Research needed for best
practice to share what we already know about mass
timber fire performance with fire service, code officials,
and the insurance industry. In the short term, there is a
pressing need to develop documented fire performance
data to convince the ICC and increase heights and area
limitations for Heavy Timber/mass timber construction
(Type IV) to an appropriate level.
Standardized fire performance testing and data
presentation should be developed and agreed to within
the industry. The testing and rating should be done for
connections with different level of concealment. Impact
of different adhesives on fire performance is needed in
order to establish equivalency in different adhesive
types.
Numerical modelling for mass timber building fire
performance and subsequent risk analysis are needed. A
relatively achievable target in short term will be to prove
that CLT/mass timber performs in a superior way from
other wood framing systems when exposed to fire. Some
testing data already exists and more can be generated if a
risk-based framework for evaluating wood building fire
performance can be established and widely adopted.
Material Resources and Other Research Topics
Additional quantitative data-driven research on the
costing aspects of CLT projects is needed. Research that
can be of immediate value includes development of case
studies with detailed cost information, complete
economic impact studies, and general market research
associated with costs.
Better understanding of sourcing for mass timber
products is needed. There is a knowledge gap between
the potential sources such as beetle-killed and forest fire
thinning materials, and what is accessible/economical to
use. This research should have both a structural
component to address the quality of these materials, and
an economic component to address viability.

5 CONCLUSIONS
In the past several years, the wood engineering
community in North America has made significant
progress toward adoption and advancing CLT
construction as a new sustainable option for large scale
commercial applications. Currently, the North American
CLT industry is experiencing an initial surge of
milestone projects that will define the future landscape

of mass timber construction in the decades to come. In a
2014 tall CLT workshop organized by the authors [15], a
vision of CLT2020 is proposed to enable 12-story CLT
building in the Pacific Northwest by 2020. It turned out
that the industry is aggressively taking a lead in this
effort and will complete this vision ahead of time (the
Framework Project will be completed before 2020). This
is a time of great opportunity and challenges, the
engineers and researchers have to be vigilant about the
potential risks associated with these brand new building
types. It is expected that the North American CLT
market will continue to grow with successfully executed
projects adding to public confidence on this new
building type. Enhancement of mass timber education at
different levels is critical since human capital is the key
to grow any industry, including mass timber and CLT.
Research to support code acceptance and standardized
design methods is still the pressing need for research on
CLT in North America. Sustained growth of the CLT
industry needs more than a number of high-profile
projects that need special permitting. For CLT to become
a viable option for urban development, tall CLT
buildings at 8~20 stories needs to become a standardized
building type recognized in the IBC and NBCC. This
calls for significant research and data collection on
building performance related to structural, serviceability,
and fire. A comprehensive database for CLT research
and performance data will greatly facilitate this effort.
Eventually, developing economically viable CLT
buildings with better seismic performance than what is
required by code will be a long term goal for the U.S.
timber research and engineering communities.
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SEISMIC ANALYSIS OF CROSS LAMINATED TIMBER BUILDINGS
USING CODE PRESCRIBED METHODS
I to Sust rsi , Massimo Fra ia omo2, Bruno Duji

3

ABSTRACT: This paper investigates the seismic analysis of multi-story cross laminated timber (XLAM) buildings. The
influence of different parameters such as wall geometry, vertical load level, friction and, most importantly, connection
stiffness, strength and ductility is assessed. Linear and nonlinear finite element (FE) analyses are carried out on a
hypothetic four-story case study building. The XLAM building behaviour factors are derived for different cases using a
simplified method. Values in the range of 2 to 3 have been obtained depending on whether monolithic or segmental walls
are used. Further nonlinear dynamic analyses carried out on a part of the case study building show that friction may have
a beneficial effect on the seismic resistance of XLAM buildings. However it is advised that its influence is conservatively
neglected until further investigations are performed. Obtained results provide an important insight for both academics and
practicing engineers into the FE modelling and design of XLAM buildings using different code-based approaches. This
data is also crucial for the preparation of new seismic design codes on XLAM timber buildings.
KEYWORDS: Seismic analysis; Multi-story buildings; Cross laminated timber; Connections

1 INTRODUCTION 123
In recent years, there has been a worldwide increase in
multi-story timber buildings (Figure 1). There are several
reasons behind that. There is a higher general awareness
of investors and architects that timber buildings present an
interesting alternative to concrete and steel buildings, with
a low carbon footprint on the one hand and comfortable
living conditions on the other.
Cross-laminated timber (XLAM) is not yet included in
Eurocode 5 [1], the European standard for the design of
timber buildings. However a practicing engineer can cope
with most of the standard load cases (self-weight, live
load, snow and wind load) using provisions from both the
current code and XLAM producer’s technical approvals.
Unfortunately, this is not the case for the seismic design
of XLAM buildings. The Eurocode 8 [2] standard that
governs the seismic design of buildings is very brief when
it comes to timber structures.

(a)

(b)

(c)

(d)

To successfully perform any kind of seismic analysis,
more information is needed to build a consistent finite
element model. This paper presents the effect that various
parameters (wall geometry, connection properties, gravity
load and friction) have on the seismic response of a
hypothetic case study building made of XLAM.

Figure 1: ulti-story XLAM buildings. (a) Växjö condominium
e en ,
urray ro e ta thaus on on,
, c
olaris ia Cenni ilan, taly ,
orte uil ing
el ourne, ustralia uilt y
, photo y mma Cross
hotographer
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All methods of analysis currently allowed by the
Eurocode 8, namely the linear static (lateral force), linear
dynamic (modal analysis with response spectrum),
nonlinear static (pushover) and nonlinear dynamic (timeBruno Dujic, CBD d.o.o., Slovenia, bruno.dujic@cbd.si
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history) analysis are applied to the case study building and
critically compared. Seismic behaviour factors are also
derived for different building model configurations using
a modified Eurocode 8 displacement based design
procedure. The parameters of the 4-story building varied
in the different types of analyses are displayed in Table 1
and the corresponding assessed performance parameters
are presented in Table 2.
Table 1: Variations of model parameters for different types of
analyses

Connection
ductility

Wall
geometry

Friction

Modal

Connection
strength

Ty o
analysis

Connection
stiffness

Param t r ari d

X

X

X

X

X

Nonlinear
static
Nonlinear
dynamic

X

X

Table 2: Assessment of performance parameters for different
types of analyses

elements at the bottom and at the top with BMF 105
angular bracket connectors. Ten 4 mm diameter, 60 mm
long nails are used to fasten the bracket to the wall panel.
Two 16 mm diameter bolts are used to connect the bracket
to the foundation, and the bracket on top of the wall with
the bracket on the bottom of the upper wall through the
floor slab. The spacing of the brackets has been
determined according to the base shear force calculated
with the lateral force method. The perpendicular walls in
the corners are connected with 160 mm long, 8 mm
diameter self-tapping wood screws with an 80 mm long
threaded part. The screws are spaced at 100 mm c/c. The
floor panels are connected to the adjacent floor panels
with a step joint. 120 mm long, 8 mm diameter selftapping screws are inserted perpendicular to the floor
panel. A rigid floor diaphragm is assumed in all the
analyses.
The assigned permanent loads of the floor and roof are 3.5
kN/m2 and 2.0 kN/m2, respectively. The imposed load on
the floor and roof is 2.5 kN/m2 and 2.0 kN/m2,
respectively. The self-weight of the outer walls is 1.2
kN/m2. The building is assumed to be category of use »A«
(residential) according to Eurocode 1 [3], so the imposed
load combination factors ψ2i and φ for the quasipermanent load case are 0.3 and 0.5 respectively for all
floors except for the top floor (roof) where φ is 1.0
assuming the roof is accessible. The mass has been
modelled as lumped in the centroids of the floors – 31.5
tons at the 1st, 2nd and 3rd floor and 19.4 tons at the top
floor. The mass moments of inertia value of the top floor
is 185 ton m2 and 300 ton m2 for all the lower floors.

X

X

X

X

X

X

Behavior factor

X

Building ductility

X

Top displac.

X

Seismic capacity

Lateral
force
Modal
analysis
Nonlinear
static
Nonlinear
dynamic

Base shear

Analysis
ty

Vibrat. periods

Ass ssm nt o

X

X

X

2 CASE STUDY BUILDING
A hypothetical four-story XLAM building (Figure 2) has
been analysed in this study. The building has 140 mm
thick, 5-layer XLAM walls along its perimeter. Inside the
building there are only two posts and a beam that support
140 mm thick XLAM slabs running from wall ‘A’ to wall
‘C’. The post and beam frame inside the building does not
resist seismic load. Wall ‘A’ is made from two separate
panels, which are connected only with a beam element
pinned onto the walls. The other walls are all made of
single panels. The wall panels are connected to floor

Figure 2: he case stu y uil ing
ele ations measures in mm

ie s, plan an

all

3 ANALYSES
As previously mentioned, the case study building is
investigated using all types of seismic analyses that the
Eurocode 8 and also other seismic design codes (i.e. the
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3.1 MODAL ANALYSIS WITH ELASTIC
SPECTRUM
The case study building has been modelled in SAP 2000
[11]. Plane (2D) and complete (3D) analyses have been
performed. In the 2D analysis, the two walls A and C in
Figure 2 have been assumed to be rigidly linked together
at each floor level and analyzed in their plane along the X
direction. For modelling the timber panels, shell elements
and the reduction coefficients proposed by Blass and
Fellmoser [12] have been used. The floor diaphragms
have been assumed as rigid. The connections between
walls and floor slabs were schematized in different ways:
(a) with rigid links, (b) with linear-elastic springs for the
top and bottom connections of walls, (c) same as (b) but
by also adding the influence of the gravity load when
calibrating the wall elements, and (d) same as (c) but also
taking into account the friction (friction coefficient =0.4)
between walls and floor slabs. For the full 3D model there
was also a variation (b*) with the inclusion of elastic
springs schematizing the connections between
perpendicular walls in the building corners.
Vibration periods (full 3D model)

Vibration periods in the X direction

0.7

0.7

0.6

0.6
0.5

0.4

a

0.3

b
b*

0.2

[s]

[s]

0.5

0.0
T3

T4 = Tx2

Base shear (X direction)

c

0.2

0.0
T2

b

0.3
0.1

T1 = Tx1

a

0.4

0.1

d

Tx1

Tx2

Tx3

Tx4

Top displacement (X direction)
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800
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600

50

a
b

400

300

c

200

d

100

0
Rx

Lateral force
method

40
[mm]

500

[kN]

American ASCE/SEI 7-10 [4], Canadian NBCC [5] and
New Zealand NZS 1170.5 [6]) allow, namely the linear
static (lateral force), linear dynamic (modal analysis with
response spectrum), nonlinear static (pushover) and
nonlinear dynamic (time-history) analysis. By using
different approaches, the influence that various
parameters have on the numerical response of the
structure is assessed.
The lateral force method, which has been applied in this
paper to determine the minimum number of angle bracket
connectors, and the modal analysis with the response
spectrum are both used for the Force-Based Design (FBD)
criterion. The FBD mainly focuses on designing the
strength of the structure and implies the use of a behavior
factor (‘q’ factor in Eurocode or ‘R’ factor in North
American codes). Depending on the choice of the
behavior factor, the structural details of a building must
be designed in order to provide the necessary ductility.
From that perspective, the design of XLAM structures,
despite the efforts of many authors, still represents an
issue for practicing engineers. Additionally, the
determination of the correct connection properties in a
finite element model is not straightforward.
The second approach, which explicitly refers to the
structural ductility in addition to the strength, is the
displacement based design (DBD). The purpose of this
approach is the evaluation of the actual nonlinear
structural response. The term DBD is most often
associated with nonlinear static analysis (NSA) methods
and their evaluations; i.e. the N2 procedure [7, 8] for
Eurocode 8 or the FEMA P-356 procedure [9]. The aim
of such methods is the evaluation of the seismic
displacement, which is linked to the damage of the
structure and has to be kept below a reference value. The
structure can be nonlinearly modelled using the backbone
curves of element or specific connection hysteresis
responses. The backbone curves can be obtained from
experimental results or determined with code procedures
(where possible). The N2 method considers a
performance point defined in terms of both strength and
displacement, where the structural capacity is compared
with the demand of the seismic ground motion. The latter
is represented through the response spectrum in terms of
pseudo-acceleration and displacement. It can be obtained
from the elastic spectrum using suitable reduction factors
[10], however the inelastic spectrum is markedly affected
by the specific nonlinear behavior of the building.
Namely, the N2 method was originally not developed for
the design of timber buildings with specific hysteretic
behavior. However, it should be pointed out that the
obtained natural vibration period
of the case study
SDOF systems is located in the velocity-sensitive region
of the spectra ( > c). According to the N2 method the
reduction factor (q or Rμ) and the ductility factor (μ) may
therefore be considered approximately the same
irrespective of the hysteresis loop type.
Finally, also a nonlinear dynamic analysis via direct
integration was performed.

30

20

a
b
c
d

10
0
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As expected (Figure 3), the most rigid model (a) also
returns the lowest vibration period. The base shear forces
(Figure 3) are conservative as the first vibration period, to
which the majority of the effective mass belongs, is
located on the plateau of the design spectrum. Hence also
the lateral force method results, which has been used for
the determination of the number of angle bracket
connectors, are the highest. Model (b) is the most flexible
one. It has the longest vibration periods and generates the
highest top floor displacements. However, the base shear
forces are underestimated compared to all other models
analyzed. Accounting for the effect of vertical load on
walls when calibrating the vertical response of links
results in higher rocking stiffness and consequently lower
vibration periods. When adding also the influence of
friction, the structures response is even stiffer. For the
latter case, the value of the first vibration period is 0.37 s.
As model (d) is theoretically the most consistent, it is
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3.2 NONLINEAR STATIC ANALYSIS ASSESSED
WITH A DISPLACEMENT BASED DESIGN
PROCEDURE
As previously mentioned, the NLSA results have been
assessed with the N2 method described in detail earlier.
This method was found to provide the best approximation
among various NLSA methods for SDOF systems with
different hysteretic models and for MDOF systems [14].
The standard bilinearization procedure of the pushover
curve suggested within the N2 method assumes the
attainment of the structure ultimate displacement when
the first structural component (beam, column, wall)
attains the near collapse (NC) state. In this paper,
however, the NC state has been defined as a global
condition on the entire XLAM building according to the
Yasumura & Kawai procedure [15]. Therefore, the NC
state is assumed to be attained beyond the maximum base
shear force of the global pushover curve. Namely the
ultimate displacement is defined at the point where the
pushover curve of the structure drops by 20% from the
peak base shear value. The initial stiffness of the
bilinearised pushover curve is also defined according to
the aforementioned procedure instead of using the
standard N2 method formula. It should be noted, however,
that the results in this case could be non-conservative, as
the story shear force in an individual floor might drop
below 80% of the peak value before the base shear does
the same. Hysteresis backbone curves of experimentally
tested connections have been used as an input for the FEM
[16, 17].
3.2.1 In lu n o onn tion, rti al load and
ri tion
The following types of connectors have been analyzed in
the parametric study carried out on the 2D plane model of
the building in the X direction:

1) BMF 105 angular brackets with ten 440 mm nails that
exhibited brittle behavior in experimental tests and
represent a non-appropriate choice of connectors.
2) BMF 105 angular brackets with ten 460 mm nails that
exhibited ductile behavior in experimental tests and
therefore showed a desirable failure mode.
3) BMF 105 angular brackets with ten 460 mm nails –
1st cycle backbone curve. Unlike all other cases where the
3rd cycle backbone curve is used to account for strength
degradation under cyclic loads, the 1st cycle backbone
curve with an approximately 25% higher strength has
been considered in this analysis.
4) Fictitious angular brackets with strength equal to that
of BMF 105 brackets and 460 mm nails but with double
ductility.
5) BMF 105 angular brackets with ten 460 mm nails,
without the influence of the vertical load. In this case the
influence of vertical load (seismic weight) on the panels
has been neglected, as opposed to all other cases.
6) BMF 105 angular brackets with ten 460 mm nails,
with the influence of friction. Unlike all other cases, a
friction coefficient =0.4 between walls and plates (top
and bottom) has been considered in this analysis.
From the pushover curves in Figure 4 it can be seen that
the building with the most ductile bracket connection
(case 4) also demonstrates the highest displacement
capacity. It also results in the highest peak ground
acceleration that the building can resist, calculated as 3.48
times the initial elastic design acceleration. This clearly
demonstrates the importance of ductility in seismic
design.
700
600

500
Base shear [kN]

likely to return the most realistic vibration period values,
and hence also the most realistic base shear forces and top
floor displacements. It should also be noted that the
influence of wall connections between perpendicular
walls on the building perimeter (case b*) seems to have
little effect on the building stiffness. These results
however will have to be confirmed by further analyses as
experiments recently performed by Popovski and Gavric
[13] have shown that connections of perpendicular walls
may have a significant influence on the XLAM building
stiffness.
The modal analysis results clearly indicate the importance
of connections for the dynamic behavior of XLAM timber
buildings. If the connections are modelled as rigid, the
building vibration periods are too short. On the one hand,
this leads to conservative results for the seismic forces as
the period values are closer to the plateau of the seismic
design spectrum. However, on the other hand it returns
non-conservative results for the building displacements,
which are too low due to the higher stiffness of the model.
The vertical load increases the stiffness of the building as
does the inclusion of friction. The latter phenomenon,
however, is an uncertain factor as it may vary due to
different surface qualities of timber, the use of levelling
washers, etc.
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The structure where the 1st cycle backbone curve is used
to model the bracket response (case 3) comes second in
terms of both ductility and maximum peak ground
acceleration. The latter is about 20 % higher than the value
when the 3rd cycle backbone curve is used for the bracket
connection (case 2). Since a nonlinear static (pushover)
analysis has been used, it is recommended that the effect
of cyclic damage of brackets be implicitly considered by
taking into account the (roughly 25 %) lower 3 rd cycle
backbone curve. The standard EN12512 [18] does indeed
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specify that the strength and ductility of a connector
should be assessed based on the response of the first cycle
backbone curve. However, as demonstrated with this
analysis, the results from the 1 st cycle backbone curve are
non-conservative.
If no vertical load is considered (case 5), the building
bending capacity is markedly reduced. This was expected
though, as the beneficial effect of the vertical load has
been taken into account already in the design phase of the
structure, reducing the tension demand on the brackets at
the ground floor. Nevertheless, it should be noted that in
XLAM buildings not all walls are necessarily loaded in
the vertical direction. As the floor slabs transfer the
majority of load in one direction, some walls may hence
end up with a very low vertical load. The nonlinear
analysis shows that the case study building could
withstand the design ground acceleration even in such a
case. However, it does point out the importance of vertical
load for seismic resistance. It also raises a possible
question on the influence that the vertical ground
acceleration could have on the building response.
Namely, if the vertical ground acceleration on a building
was high enough to counteract the vertical force on a wall,
this could lead to a lower horizontal seismic resistance.
The consideration of friction in the model (case 6) does
not result in a higher peak ground acceleration capacity.
Since the failure mechanism in all cases proved to be
tension in the bracket connectors and not shear, friction
did not play a significant role when performing a pushover
analysis of the case study building. The corresponding
curve, though, demonstrates a higher initial stiffness due
to higher shear resistance. When, however, the building
behavior turns from shear to bending as the lateral forces
increase, this beneficial influence of friction is lost. The
structure reaches a lower maximum displacement, most
likely due to the higher shear stiffness in the model. As
the edges of rocking walls generate high compression
forces in the corners, these are then translated by the
model into shear forces. This eventually causes the
bending mechanism to be activated at an earlier total
displacement due to the smaller shear displacement.
As expected, the case with shorter nails (case 1) in the
angular brackets fails to resist the seismic action. The
brittle failure of the connection due to block shear of the
outer-most layer of the XLAM leads to the attainment of
less than 90% of the building strength demand. This
demonstrates the importance of an appropriate choice of
connectors. Even though their failure load calculated
according to standard failure mechanisms is not much
lower than for longer nails, the specific brittle behavior
could cause catastrophic results during an earthquake.
The ratio between the calculated maximum ground
acceleration and the initial design ground acceleration can
provide a simplified way of calculating the behavior
factor . Ceccotti [19] used a similar approach via,
however, an incremental NLDA. In this study, the choice
of a DBD method allows the user to investigate the
influence of various parameters on the q-factor instead of
only focusing on one configuration. A conservative
estimate for XLAM walls (with a specific bracket setup)
made from one piece (‘monolithic’) is 2.1. The use of
more ductile brackets could increase the q factor value (up

to 3.5 for the theoretical case of brackets with doubled
deformation capacity). The opposite occurs when a nonductile bracket is used, causing brittle failure of the
building and leading to a q factor value of less than 1.
3.2.2 In lu n o th all om try
To investigate the geometrical variations of XLAM
assemblies, a 2D model of wall B was analyzed. The
analysis was limited to in-plane behavior of the chosen
wall. The masses assigned to individual floors were half
of those in the full model. Two variations have been
investigated: (i) monolithic (like in all previous cases),
which is typically used in Central Europe; and (ii)
assembled, meaning the 6.4 m long wall is divided into
three approximately 2 m long segments. The adjacent
segments are then connected together over a step joint
with self-tapping 8 mm diameter and 120 mm long
screws. The response of these has been calibrated to
experimental tests [16]. The screws are spaced at
approximately 30 cm c/c as displayed in Figure 5. The
assembled solution was developed within the SOFIE
research project [19] and is typically used in Southern
Europe.

(a)

(b)

Figure 5: all connector layout or a monolithic an
assem le cases imensions in mm

Both the monolithic and assembled cases have been
investigated with and without considering the effect of
friction between walls and slabs. The resulting pushover
curves are presented in Figure 6. An assembled wall,
without the consideration of friction, could withstand a 3times as strong earthquake as initially designed for. A
monolithic wall could withstand a 2.6-times stronger
quake. The assembled wall could withstand slightly more
due to its larger deformation capacity in spite of its lower
resistance. A key difference is that in the presented
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however, that this operation may lead to higher
discrepancies in the building response to individual
accelerograms, and therefore only the average response of
the building over the set of seven recorded ground
motions should be considered.
For modelling timber connections there are a number of
hysteretic models associated with different finite element
software. In the past decades one of the most used by the
research community was the connection model (with nine
control parameters) derived by Ceccotti and Vignoli [22]
implemented in Drain 2D. Also hysteretic models initially
developed for the analysis of masonry structures [23] can
be effectively used to model connections in timber as their
behavior exhibits similar features. Recently, an accurate
model was derived by Rinaldin et al. [24] which can be
incorporated into the Abaqus software package. In this
study, nonlinear springs with hysteretic behavior
characterized by pinching and post-peak softening
behavior (‘pivot’ type in Sap 2000) have been used for
modelling the connections. The springs have been
calibrated on the results of experimental cyclic tests in
tension and shear [16, 17]. The nonlinear springs in Sap
2000 may not be capable of modelling the exact slip with
cyclic stiffness and strength degradation. However, the
comparison of the dissipated energy in the numerical
approximation and experimental tests shows good
agreement in shear and acceptable agreement in tension.
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analyses, friction negatively affects the capacity and
ductility of the assembled wall behavior. To some extent,
this result is due to the chosen assessment method; friction
causes a higher initial stiffness, however also a lower
building ductility. This is because now the full shear
deformation capacity of the steel brackets is not attained
as they fail earlier in the vertical direction. The increase
in walls’ resistance is not sufficient to compensate their
decline in ductility and the building’s global seismic
capacity is consequently lower. On the other hand, friction
is beneficial for the capacity of monolithic walls. There is
again an increase in stiffness, however the decrease in
deformation capacity is not as large as in the assembled
walls. The differences in seismic resistance due to friction
are small in any case, as it was already shown by the 2D
plane analysis of the building in the X direction.
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A conservative estimate for the seismic behavior factor of
assembled walls is approximately 2.9 and is in good
agreement with the values proposed by other authors [19,
20]. However, it should be pointed out that it is based on
a simplified NLSA procedure rather than on a more
rigorous nonlinear time history analysis. It also applies
only for a specific connection setup of a 4-story XLAM
building.
3.3 NONLINEAR DYNAMIC ANALYSIS
The non-linear time-history analysis (NLDA) has been
carried out by selecting a set of seven recorded earthquake
ground motions from the European strong motion
database. The Rexel software developed by Iervolino et
al. [21] and based on provisions of Eurocode 8 [1] was
used to select the accelerograms. Individual recorded
accelerograms have been scaled so that their average
elastic response spectrum value is within the limits of the
Eurocode elastic response spectra with 5% damping in the
interval from 0.2
to 1.5
( is the building first
vibration period). Apart from general scaling, the
accelerograms have not been altered nor adjusted to better
suit the code spectra in any way. It should be noted,
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Due to the direct integration procedure, Reyleigh damping
has been used for the calculation of the damping matrix.
It is computed as a linear combination of the mass and
stiffness matrixes with the assumption of 5 % constant
damping in the most important vibration modes. The
hysteretic damping has been included in the link elements.
However, it is worth mentioning that the experimental
results have shown an average equivalent viscous
damping value of about 15%.
For the NLDA analysis a 2D model of wall B was
investigated. The analyzed model variations were the
same as in the NLSA of wall B described in the previous
chapter. Namely monolithic and assembled walls have
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4.2 NONLINEAR STATIC ANALYSIS
The nonlinear static analysis (NLSA) results are based on
a modified version of the N2 Displacement Based Design
method. The results demonstrate the importance of
connection ductility in addition to their strength for
seismic resistant XLAM structures. It has been shown that
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The results of the modal analyses have shown that it is
crucial to take into account the flexibility of the
connections. The consideration of vertical load on walls
is also important. Its beneficial effect, namely the increase
of the wall rocking resistance, should be taken into
account in seismic analyses.
To successfully perform a modal analysis, a recalibration
of the building vertical hold-downs or angular brackets
must be performed to correctly asses the wall rocking
stiffness and transform the non-symmetric (and nonlinear)
axial behaviour of the connector into an equivalent
symmetric and elastic behaviour.
The lateral force method results are conservative
compared to the modal analysis. Hence the use of this
method is acceptable for a quick (though not optimized)
building assessment.
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higher
connection
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This paper investigates the seismic analysis of multi-story
crosslaminated (XLAM) buildings. As the chosen
construction systems allows for different wall assemblies
and floor slab orientations, various model variations have
been analysed using linear elastic and nonlinear (static
and dynamic) methods. The influence of different
parameters has been investigated on a hypothetic four
story case study XLAM building. The results have been
quantified in terms of building vibration periods, base
shear and top displacement as well as ductility and seismic
capacity. The outcomes of the parametric study are
important to understand the limitations and accuracy of
the assumptions made in the finite element modelling of
XLAM structures, both for researchers and practicing
engineers. Furthermore, the results of the parametric
study can be used for future XLAM seismic code
development.

Table 3: Influence of model variations on the building seismic
performance for the NLSA (average response)

wall
geometry

4 CONCLUSIONS

a brittle connection, namely a bracket with too short nails,
may result in building failure during a seismic event.
In general, it has been demonstrated that by dividing
longer monolithic walls into narrower segments and
introducing appropriate connections between the adjacent
walls, the seismic resistance of the building increases due
to a more ductile behaviour and higher energy dissipation.
A brief overview of the influence of connection
properties, wall geometry and friction on the seismic
response parameters when performing a NLSA is
presented in Table 3.
A simplified seismic behaviour factor calculation (q
factor according to Eurocode 8) has been performed based
on the nonlinear static analysis results. A conservative
estimate for monolithic XLAM walls is 2.1. The value for
assembled walls is approximately 2.9.

friction

been investigated, both in combination with or without
friction. The average responses of all accelerograms for
the analyzed cases are presented in Figure 7. The same
figure also displays the maximum building top
displacement vs. maximum base shear plot for all
accelerograms as well as a comparison with the pushover
curves of wall B.
Friction seems to have a more significant effect on the
monolithic walls. It reduces the displacements and interstory drifts of the case study building by more than half,
whereas the reduction in displacements and inter-story
drifts of assembled walls is less than a quarter. The base
shear forces in the model remain almost the same in the
assembled walls irrespective of friction. On the other
hand, base shear is significantly reduced when friction is
included in the monolithic wall assembly. Further details
on the non-linear dynamic analyses can be found in [25].

4.3 NONLINEAR DYNAMIC ANALYSIS
By comparing the NLSA curves with the average nonlinear dynamic analysis (NLDA) results (Figure 7 c), it
can be noted that the latter ones are reasonably close to
the former ones. An incremental dynamic analysis of the
XLAM structure can therefore be carried out using the
chosen software (SAP 2000) despite its fairly limited
choice of nonlinear dynamic elements to model
connections in XLAM.
The influence of friction has been investigated using
several analysis methods. It is rather variable with varying
boundary conditions of the walls (geometry, vertical load,
etc.). Hence it is suggested that its beneficial contribution
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is conservatively neglected in design until further
investigations are performed.
A brief overview of the influence of wall geometry and
friction on the seismic response parameters when
performing a NLDA is presented in Table 4.
Table 4: Influence of the finite element model parameters on
the building seismic performance for the NLDA (average
response)

Mod l
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Buildin

wall geometry
friction
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lower for
segmented
decrease when
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To
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higher for
segmented
decrease when
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4.4 GUIDELINES FOR FURTHER WORK
Further investigations in the field of multi-story XLAM
timber buildings should focus on taller buildings as most
of the work published so far is on buildings up to three or
four stories. Also the effect of friction should be further
analysed so its influence with varying boundary
conditions is fully understood. Last but not least, q factors
for seismic design should be derived using incremental
nonlinear dynamic analyses carried out on different
XLAM building and connection configurations.

REFERENCES

[1] European Committee for Standardization (CEN)
(2004) “Eurocode 5 – Design of timber structures –
Part 1-1: General rules and rules for buildings”
Brussels, Belgium.
[2] European Committee for Standardization (CEN)
(2003) “Eurocode 8 – Design of structures for
earthquake resistance. Part 1: General rules, seismic
actions and rules for buildings” Brussels, 2003.
[3] European Committee for Standardization (CEN)
(2002) “Eurocode 1: Actions on structures – Part 11: General actions – Densities, self-weight, imposed
loads for buildings" Brussels, Belgium.
[4] American Society of Civil Engineers (ASCE) (2013)
“Minimum Design Loads for Buildings and Other
Structures (ASCE/SEI 7-10)”
[5] NBCC. National Building Code of Canada (2010)
Institute for Research and Constructions, National
Research Council of Canada, Ottawa, Ontario
[6] Standards New Zealand (2004) “NZS 1170.5:2004,
Structural Design Actions, Part 5, Earthquake
Actions New Zealand”
[7] Fajfar P. (2000) “A nonlinear analysis method for
performance-based seismic design” arth uake
pectra
, 16(3):573-592.
[8] Fajfar P., Marusic D., Perus I. (2005) “Torsional
effects in the pushover-based seismic analysis of
buildings” ournal o
arth uake ngineering,
9(6):831−854.
[9] Federal Emergency Management Agency, FEMA
356 (2000) “Prestandard and Commentary for the

Seismic Rehabilitation of Buildings” FEMA:
Washington, DC, November 2000.
[10] Fajfar P. (1999) “Capacity spectrum method based
on inelastic demand spectra”
arth uake
ngineering an tructural ynamics, 28:979-993.
[11] Computers & Structures Inc. SAP2000, 14.2.2
(2010) – Integrated Finite Element Analysis and
Design of Structures. Computers & Structures Inc.:
Berkeley, CA.
[12] Blass H.J., Fellmoser P. (2004) “Design of solid
wood panels with cross layers” th
orl
Con erence on im er ngineering, C
,
June 14-17, Lahti, Finland; 543-548.
[13] Popovski M., Gavric I., Schneider J. (2014)
“Performance of two-story CLT House Subjected to
Lateral Loads”
orl Con erence o
im er
ngineering
, Quebec City, Canada.
[14] Fragiacomo M., Amadio C., Rajgelj S. (2006)
“Evaluation of the structural response under seismic
actions using non-linear static methods” arth uake
ngineering
tructural ynamics, 35(12):15111531.
[15] Yasumura M., Kawai N. (1997) “Evaluation of
wood framed shear walls subjected to lateral load”
eeting
o the orking Commission
im er tructures, C , Vancouver (Canada), paper
CIB-W18/30-15-4
[16] Dujic B., Zarnic R. (2005) “Report on evaluation of
racking strength of KLH system” University of
Ljubljana, Faculty of civil and geodetic engineering,
Slovenia, 2005.
[17] Fragiacomo M., Dujic B., Sustersic I. (2011)
“Elastic and ductile design of multi-storey crosslam
massive wooden buildings under seismic action”
ngineering tructures, 33(11):3043-3053.
[18] European Committee for Standardization (CEN)
(2001) “EN 12512 – Timber structures – Test
methods – Cyclic testing of joints made with
mechanical fasteners” Brussels, Belgium.
[19] Ceccotti A. (2008) “New technologies for
construction of medium-rise buildings in seismic
regions: the XLAM case”
tructural
ngineering nternational, pecial ition on all
im er uil ings
, 18(2):156-165.
[20] Pozza L., Scotta R., Trutalli D., Ceccotti A., Polastri
A. (2013) “Analytical Formulation Based on
Extensive Numerical Simulations of the Behavior
factor q for CLT buildings” C meeting orty
si , Vancouver, Canada.
[21] Iervolino I., Galasso C., Cosenza E., (2010)
“REXEL: computer aided record selection for codebased seismic structural analysis” ulletin o
arth uake
ngineering,
8:339-362.
DOI
10.1007/s10518-009-9146-1.
[22] Ceccotti, A., Vignoli, A. (1990) “Engineered Timber
Structures: An Evaluation of Their Seismic
Behaviour” rocee ings o the
nternational
im er ngineering
[23] Zarnic, R., Gostic S. (1997) “Masonry infilled
frames as an effective structural sub-assemblage”
nternational
orkshop on
eismic
esign

WCTE 2016 e-book | 3429

etho ologies or the e t eneration o Co es,
Bled, Slovenia, 1997
[24] Rinaldin G., Amadio C., Fragiacomo M. (2013) “A
Component approach for the hysteretic behaviour of
connections in cross-laminated wooden structures”
arth uake ngineering
tructural ynamics,
42(13):1885–2042, DOI: 10.1002/eqe.2310.
[25] ustersic, , ragiacomo, , an ujic,
eismic nalysis o Cross- aminate
ultistory
im er uil ings sing Co e- rescri e
etho s
n luence o anel i e, Connection uctility, an
chemati ation ournal o tructural ngineering,
C
,

WCTE 2016 e-book | 3430

LONG-TERM DYNAMIC CHARATERISTICS OF PRES-LAM
STRUCTURES
Tobias Smith1,2, Francesco Sarti3, Gabriele Granello4, Jack Marshall5, Victoria
Buckton-Wishart6, Minghao Li7, Alessandro Palermo8, Stefano Pampanin9
ABSTRACT: Pres-Lam timber structures are being adopted throughout New Zealand and around the world.
This innovative method of timber construction combines the use of large engineered timber members with posttensioning cables/bars. The hybrid version of the Pres-Lam system improves seismic performance through the
addition of external or internal steel reinforcing. While the post-tensioning provides re-centering properties, the
steel increases energy dissipation from the system as well as increasing moment resistance. The design of these
structures is performed to withstand high levels of seismic loading without damage to the structural system. Over
time, the post-tensioning force being applied to the structural timber members causes them to reduce in length
that has a subsequent impact on the quantity of force being applied. This paper looks at the dynamic
characteristics of fundamental period and elastic damping of three recently constructed Pres-Lam buildings,
investigating the influence of these losses on the dynamic characteristics. Following this a study of the
performance under strong motion is performed. The paper concludes that although the losses in post-tensioning
are clear they do not impact on the dynamic characteristics and have only a minor impact on strong motion
response.
KEYWORDS: Pres-Lam, Post-tensioned timber, Long-term, Dynamic behaviour, Timber monitoring

1 INTRODUCTION
The Pres-Lam system uses engineered wood and posttensioned elements in order to provide moment
connections in timber structures. Adapting concepts and
principles originally developed for precast concrete
construction [1], this technique has been developed and
extensively tested at the University of Canterbury [2, 3].
The technique combines the use of large engineered
timber members with post-tensioning cables or bars. The
hybrid version of the Pres-Lam system improves stong
motion seismic performance through the addition of
external steel dissipative reinforcing. While the posttensioning provides desirable re-centering behaviour, the
dissipative reinforcing provides energy dissipation for
the system as well as increased moment resistance.
During lateral movement, controlled rocking occurs at
1
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the beam-column, wall-foundation or column-foundation
interfaces, which leads to “flag-shaped” hysteretic
behaviour. Although most applications have used
Laminated Veneer Lumber, Pres-Lam has also been
tested and constructed using Cross Laminated Timber
[4] and Glue Laminated structural members [5]. Built
examples using the Pres-Lam technology have been
constructed both in New Zealand and Overseas.
As part of the Christchurch Rebuild after the Canterbury
Earthquake sequence of 2010 and 2011, innovative
technologies, such as Pres-Lam and base isolation, have
been extensively implemented. In addition to the use of
smart construction techniques there has also been an
uptake in the monitoring of buildings through the
placement of instrumentation measuring, strain, forces,
displacements, accelerations and other key structural
performance characteristics.
The dynamic performance of three Pres-Lam structures
has been monitored over time. Weak motion data from
these buildings has been used in order to calculate key
initial dynamic characteristics. An analytical study was
then performed in order to create a hypothesis around the
likely performance of a Pres-Lam structure should it be
subjected to strong motion demand, leading to non-linear
response.
The conclusion of this study was that long term losses do
not alter low level system response. Structural
performance under strong motion response can be
controlled through the use of dissipative steel elements.
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2 POST-TENSIONING LOSSES IN
PRES-LAM BUILDINGS
The long-term behaviour of Pres-Lam structures remains
a topic of required study with only a small amount of
information available regarding their performance.
The first concentrated study of post-tensioning losses in
structures of this type displayed that over time posttensioning loss occurs due to creep effects inside
compressed members. This is especially crucial for
frame structures where compression may be
perpendicular to the grain [6]. This has meant that the
built examples using these techniques have aimed to
‘protect’ any possible loading perpendicular to the grain.
A frame system presents the most common situation
where this may occur, inside the joint panel.
With the earliest Pres-Lam structure being built in 2008
it is now possible to study the performance of these
buildings in a ‘real-world’ situation. This information is
used to reinforce and inform studies that are underway in
order to quantify and predict the magnitude of posttensioning loss expected.
The impact of changes in post-tensioning force on beamcolumn,
wall-foundation
or
column-foundation
performance has been studied through laboratory testing
[5, 7]. From this testing it is possible to conclude that
decreases in post-tensioning force directly impact on the
total moment capacity of a Pres-Lam structure by
reducing the moment capacity of the post-tensioning
contribution. Loss in post-tensioning force also
decreases the decompression point, meaning that gap

opening will occur at a lower moment demand.

3 MONITORED BUILDINGS
Three buildings, shown in Figure 1, have been monitored
using load cells to measure post-tensioning values and
arrays of accelerometers measuring the dynamic
characteristics. The time period over which values were
recorded varied between buildings and ranged between 1
and 3 years.
3.1 THE NELSON MARLBOROUGH INSTITUTE
OF TECHNOLOGY (NMIT) ARTS AND
MEDIA BUILDING, NELSON
The Arts and Media building for the Nelson and
Marlborough Institute of Technology (NMIT, see Figure
1a), constructed in Nelson, was the first building
completed using Pres-Lam [8].
The building consists of pairs of coupled timber walls
resisting lateral loads in both directions. All the walls are
post-tensioned to the foundation with high strength bars
in a central cavity. A cut-out space is provided at the
base of the walls for the bar couplers. Steel U-shaped
Flexural Plate (UFP) devices [9] link the pairs of
coupled walls together providing additional moment
capacity and hysteretic energy dissipation if loaded
beyond yield.
Pre-fabricated T-section units, manufactured from LVL
panels glued together, provided the flooring elements in
the structure. These floors were simply supported with
top-flange supports to LVL gravity beams. Reinforced

Figure 1: The buildings monitored (a) NMIT (c/o Patrick Reynolds); (b) Expan building; (c) Trimble Navigation
(www.opus.co.nz)
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concrete topping was separated from the floor units with
a plastic membrane, but connected to the gravity beams
with coach screws to provide composite action. The
building was opened in January 2011.
3.2 THE EXPAN BUILDING, CHRISTCHURCH
The University of Canterbury Expan building (Figure
1b) was originally a test specimen used in the
University’s laboratories [10]. After a successful testing
programme, the building was dismantled and re-erected
as the head office for STIC (Structural Timber
Innovation Company Ltd) [11].
The building consisted of lateral resisting post-tensioned
timber frames in one direction and post-tensioned
coupled shear walls in the opposite direction. The floor
of the structure, which had an area of 41 m2 on two
levels (i.e. a total area of 82 m2 of the building), was a
timber concrete composite flooring system developed at
the University of Canterbury, consisting of LVL joists
and 50 mm of topping concrete connected with notch
and coach screw discrete couplers [12]. This structural
topping providing the diaphragm action in the original
test structure but was augmented with the use of
mechanical fasteners in the repurposed building.
Due to the low mass, the connections were purely posttensioned without any dissipation devices being
necessary. One additional point of interest is that due to
the temporary nature of the structure the decision was
made leave to top level perpendicular to the grain
connection area unprotected. This meant that a direct
comparison was possible between a protected and
unprotected joint panel in a ‘real’ building.
3.3 THE TRIMBLE NAVIGATION OFFICES,
CHRISTCHURCH
The two-storey building for Trimble Navigation was
constructed following the Canterbury Earthquakes of
2010 and 2011 [13]. The building uses Pres-Lam walls
in one direction and Pres-Lam frames in the other. Each
wall is vertically post-tensioned with three Macalloy
bars and includes the addition of both UFP and ‘plug and
play’ devices [14].
The two storey frames are horizontally post-tensioned at
the first floor level but not at the roof. External steel
reinforcing is used at both levels to protect the columns.
The flooring and floor diaphragm consists of timber
concrete composite flooring such as that used in the
Expan building.

4 METHODOLOGY
4.1 DATA COLLECTION
Data collection from each structure was performed using
an array of accelerometers installed following the
completion of construction.
4.1.1 Data collection from the NMIT building
GNS Science have included the NMIT building into their
GeoNET real-time instrumentation network within the
structure programme which has placed systems of
sensors into buildings in Wellington and Christchurch.

The GNS Science NMIT Arts building instrumentation
(see Figure 2) has tri-axial accelerometers distributed
within the building enabling the identification of both
lateral and torsional modes.
A reference free field accelerometer for input earthquake
ground motions was placed external to the building
footprint and an anemometer is installed on the roof. A
number of LVDT’s were installed to record the shear
wall rocking response under severe seismic loads, these
measure uplift at the base of the shear walls and the
deformation of the energy dissipating devices. Load cells
were also installed aiming to provide a direct reading of
post-tensioning force. The logging of information is
performed in two different ways with acceleration data
being available for download from GNS while the load
cell and LVDT data recorded on a standalone data
logger. Unfortunately several issues have been
encountered with the latter data collection meaning only
a partial data set was available for this study.
4.1.2 Data collection from the Expan building
An array of accelerometers have been installed in the
Expan Building following the completion of construction
providing valuable information on the seismic behaviour
of the building. Instrumentation was installed at the end
of March 2011 and consisted of three tri-axial
accelerometers mounted at the foundation, first floor and
second floor. As shown in Figure 3, the first and second
floor accelerometers were positioned in the centre of the
central beam, while the foundation accelerometer was
near the west end of the structure. The three instruments
represent a full CUSP-3C3 unit with two external
sensors. Response data is captured by each
accelerometer, then calibrated by hardware on-board
each module before output. This raw data is collected by
hardware custom to the CUSP-3X system, which
interfaces with a Linux based computer to log data. Data
is only captured during seismic activity, with a 20
second buffer either side of a threshold-triggering event.
Following the installation of the instrumentation trigger
thresholds have been surpassed over 1000 times leading
to a significant database of records available for the
current research. A selection of 11 records were chosen
between the installation of the instrumentation and the 1 st
of October 2011 for analysis and discussion of building
performance. As the recorded data corresponded to weak
motions, the white noise excitation of the first 20s buffer
were used for analysis.
4.1.3 Data collection from the Trimble Navigation
building
The Trimble Navigation Office is currently under
monitoring by a comprehensive system of measurement.
7 Trimble REF TEK 131B-01/3 Triaxial 4g
Accelerometers are currently placed on the building at
the first and second storey and 6 Geokon Model 3000
load cells are positioned on both beam-column joints and
walls. Temperature and humidity inside the building are
also recorded and 35 strain gauges were installed to
monitor the deformation of the dissipaters in precise
locations. The data acquisition system (REF TEK 130-
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Figure 2 Instrumentation placed on the NMIT [16]. (a) Location; (b) Accelerometer; (c) load cell.

Figure 3: Instrumentation Placed on the Expan Building, Showing Axes for Recorded Accelerations. Note the Varying
Purlin Layout at Each Level and the Irregular Concrete Diaphragm [15]

Figure 4: Instrumentation placed on the Trimble Navigation Building (red dots show accelerometers, green shows
additional instrumentation not used in this study) [17]

MC Multi-Channel Recorder) is connected to the
instruments recording and transmitting data streams at
200 Hertz.
To perform the dynamic identification, the data was
chosen to correspond to ambient vibration actions.
4.2 DYNAMIC ANALYSIS METHODS
The structural identification of the monitored buildings
was performed using a frequency-domain output-only
technique known as Frequency-Domain Decomposition
(FDD) [18].
This modal identification technique allows the
identification of the structural periods and damping
ratios from ambient vibration response by taking the
Singular Value Decomposition of the spectral matrix,
and decomposing this matrix into a set of auto-spectral

density functions, each corresponding to a single degree
of freedom (SDOF) system.
According to the Frequency Domain Decomposition
identification algorithm, once the estimate of the Power
Spectral Density (PSD) matrix of the output is evaluated,
the Single Value Decomposition of the PSD matrix is
taken (see Equation (1)).
Gˆ yy  ji   Ui SiUiH

(1)

Where: Gyy is the PSD matrix of the output (i.e. the
recorded accelerations), Ui is a unitary matrix holding
the singular vectors uij, and Si is a diagonal matrix
holding the scalar singular values sij.
Near to a peak which corresponds to the i-th mode of
vibration, the first singular vector represents the estimate
of the mode shape and the corresponding singular value
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is the auto power spectral density of the single degree of
freedom system.
The auto-spectral density matrix corresponding to the
single degree of freedom system around the peak is
identified by comparing the Modal Assurance Criterion
(MAC) [19] value of the singular vectors around the
peak to identify whether those vector are correlated to
the mode of interest. If the MAC value is higher than a
set threshold, the singular value belongs to the SDOF
density function.
Figure 5a reports an example showing the plot of the
first singular value and the highlighting the selected
frequencies with acceptable MAC values set at 0.80.
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Figure 5. Frequency domain decomposition. (a) Plot of
the first singular value, (b) time-series of the identified
SDOF.

The identified auto-spectral density matrix is then taken
back into time-domain performing an inverse Fourier
transform (see Figure 5b) and the damping, ξ, can be
estimated using the logarithmic decrement method in
Equation (2).




2

  4 2

(2)

Where δ is the logarithmic decrement given by Equation
(3):



2  r0 
ln  
k  rk 

(3)

Where r0 and rk are the initial and k-th peak values and k
is the number of peaks [20].

5 RESULTS
For each structure listed above the quantity of posttensioning in selected bars or cables was monitored and
graphed over time. This was then compared to the

fundamental period of the structure and elastic damping
values calculated using the Frequency Domain
Decompositon method. This was performed on a
selection of records over the same time period that the
post-tensioning force was monitored. Fundamental
periods, damping and post-tensioning force ratios are
plotted in Figures 6, 7 and 8 for the case study buildings.
These comparisons showed that although minor
variations in both the fundamental frequency and
damping were observed there was no trend noticed and
no correlation with the post-tensioning losses that were
observed.
The simple reason for the lack in variation is that
measurements were made of the buildings elastic
response which depends solely on structural mass and
initial stiffness. If we can assume that the mass over time
does not vary significantly the only possible alteration
would be if post-tensioning losses in some way
influenced the stiffness of the structure.
Structural members of a Pres-Lam building consist of
engineered timber that has the same elastic modulus in
tension and compression. Therefore, changes in the
amount of compression provided by the post-tensioning
do not influence stiffness and in consequence the elastic
properties of the structure.
A change in the initial elastic period of the structure may
happen only for a near-zero decompression moment,
where a very low-level excitation would be able to
trigger the gap opening. This scenario would correspond
to a failure of the post-tensioning tendons or a complete
loss of post-tensioning force. Nevertheless, it must be
noted that this scenario is unlikely even for a poorly
designed connection detail.

6 POST-TENSIONING LOSSES AND
DESIGN BASED EARTHQUAKE
PERFORMANCE
All of the structures analysed have been through minor
earthquake loading during the monitoring period.
However, these have not provided strong enough input
to excite the structures beyond their yield point so no
direct information was obtained relating to Design Based
Earthquake (DBE) performance. It is possible however
to analytically assess expected behaviour.

6.1 STRONG MOTION CONNECTION
BEHAVIOUR WITH LONG TERM
LOSSES
When a loss of post-tensioning occurs the amount of
moment capacity which can be resisted by the posttensioning is reduced. The moment required in order for
the beam or wall to decompress is also reduced leading
to gap opening at lower moment demand.
Where the system only contains post-tensioning this
would mean that maximum displacements would
increase however the lower capacity of the joints would
also lead to a lower base shear.
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Figure 6. Expan building fundamental period, damping
and PT force ratio over time (Frame top floor beams
shown).
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Figure 7. NMIT building fundamental period, damping
and PT force ratio over time (NOTE: post-tensioning
force ratios were interpolated due to monitoring data
errors).
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Figure 9. Moment rotation behaviour for differing levels
of post-tensioning loss

A reduction in post-tensioning force leads to a reduction
in moment capacity with no change in initial stiffness.
This leads to the constant initial period and elastic
damping values observed from the three buildings
monitored.
With a lowering of the moment capacity the posttensioning the ratio between total moment capacity and
the post-tensioning moment capacity also reduces.
However, The hysteretic area of the moment rotation
curve remains the same impacting on the damping
behaviour of the joint.
A generally accepted measure of the impact of damping
is equivalent viscous damping (ξEQV) as proposed by
Jacobsen [21]. This formula equates the energy absorbed
by hysteretic steady-state cyclic response at a given
displacement level to the equivalent viscous damping of
the substitute structure. The formula is represented as a
fraction of the critical damping

 EQV 

0.4

Ah
2 Fm  m

(4)

Where: Ah = The area within one complete cycle of
stabilized force-displacement response, Fm = Maximum
force achieved in the loop, Δm = Maximum displacement
achieved in the loop
This procedure has been shown to be acceptable for the
estimation of EVD for systems with relatively low levels
of energy absorption in hysteretic response, which the
flag shaped systems can be considered to be [22].
Studying the impact of post-tensioning losses on
Equation (4) shows how, while the hysteretic area, Ah,
remains unchanged, with the lowering of the maximum
force, Fm, the Equivalent Viscous Damping is increased.

0.1
0.0
6.0
5.0
4.0
3.0
2.0
1.0
0.0
1.00
0.95
0.90

Moment divided by max no-losses moment

When additional steel is added to resist a portion of the
moment demand this moment capacity is not dependent
on post-tensioning and therefore is not affected. This is
shown in Figure 9 for a system with an original ratio
between total moment capacity and post-tensioning
moment capacity of 0.6.

0.4

Jun-14

Dec-14

Jul-15

Jan-16

Figure 8. Trimble building fundamental period, damping
and PT force ratio over time.
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6.2 STRONG MOTION BUILSING
BEHAVIOUR WITH LONG TERM
LOSSES
As shown in Figure 9, the area enclosed in the momentrotation loop remains constant regardless the posttensioning loss. Conversely, the peak force decreases
with increasing post-tensioning loss. Therefore the posttensioning loss causes greater damping at connection
level which has a follow-on effect to the structure. In
seismic design damping is allowed for through
manipulation of the input spectrum. An increase in
damping lowers spectral acceleration values and
decreases design base shear.
An Acceleration-Displacement Response Spectrum
analysis [24] was carried out. An ADRS spectrum unites
the single degree of freedom code defined acceleration
spectrum with the displacement demand spectrum. This
demand spectrum is modified depending on the amount
of damping expected in the structural system. A push
over curve is then used in order to find the performance
point, the maximum base shear and displacement under
loading. The impact of damping on the ADRS spectrum
is represented by dividing the acceleration and
displacement values by the modification factor, R,
defined in Equation (5):

R

7
2

(5)

Where: R = the spectrum reduction factor; ζ = structural
damping which is the sum of the reduced hysteretic
damping and the elastic damping.

Global building performance at a low level design event,
such as those measured in the monitored building, and a
design level event has been assessed. Figure 10 shows
the results of the ADRS analysis for the cases shown in
Figure 9.
Under low-level shaking the building remains elastic
meaning that alterations in post-tensioning do not impact
on the input. The initial stiffness of the structure also
remains the same meaning that the performance point
remains the same.
In a design level event, the structural response becomes
non-linear and a decrease in post-tension force leads to
an increase in damping, which increases the spectral
reduction factor, R. As shown in the figure, this in effect
balances the loss of moment capacity from the posttensioning meaning that the maximum displacement of
the structure remains the same while the total base shear
decreases.
This conclusion shows that the use of additional steel
will effectively control the response of the structure in a
major seismic event, even when significant losses have
occurred. This is subject to an ongoing study at the
University of Canterbury and the hypothesis is being
confirmed through the use of non-linear dynamic
analysis [23].
The complete loss of the post-tensioning contribution
will, however, lead to a loss of the re-centering
capabilities of the structure. Initial studies [23] have
shown that this is only a factor once the contribution of
the post-tensioning has dropped below half of the total
maximum moment capacity. As shown in Figure 9 once
this has occurred the system response is close to elastoplastic and the post-tensioning force is no longer

Post-tensioning losses

Performance points

0%

20%
50%

Base Shear

90%

Strong motion demand

Weak motion demand
Building displacment
Figure 10. ADRS spectrum for elastically responding and non-linear system with post-tensioning losses
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sufficient enough to yield the steel. This means that the
zero moment point is a point at which the bars are still
elongated from their previous load cycle, leading to
significant residual drifts.

7 CONCLUSIONS
The dynamic performance of three Pres-Lam structures
has been monitored over time. Weak motion data from
these buildings has been used in order to calculate key
initial dynamic characteristics. The following
conclusions have been drawn from the analysis:
 All three monitored structures have experienced
post-tensioning losses
 The initial period of each structure remained
constant throughout time despite posttensioning losses
 The elastic damping of the structures remained
effectively constant at approximately 3.0%
under white noise excitation despite posttensioning losses.
An analytical study was then performed in order to
create a hypothesis around the likely performance of the
structure should it be subjected to strong motion
demand, leading to non-linear response. The following
conclusions have been drawn from the study:
 Post-tensioning losses decrease the moment
capacity provided by the post-tensioning to the
joint, increasing equivalent viscous damping
 Increases in equivalent viscous damping
balance the loss of joint capacity meaning that
the building performance point is at a similar
drift level and reduced base shear
 Re-centering of the system will be lost if the
total post-tensioning moment capacity becomes
less than 50% of the total moment capacity. (i.e.
β ≤ 0.5)
This paper has shown that although post-tensioning
losses do occur over time they do not influence the
fundamental period or elastic damping in the structure.
During non-linear dynamic response post-tensioning
losses do not significantly impact on the response unless
β ≤ 0.5. Monitoring of two offices of Trimble Navigation
and the NMIT building is ongoing. The response to
strong motion hypotheses are subject to an ongoing
study at the University of Canterbury and the hypothesis
is being confirmed through the use of non-linear
dynamic analysis.
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EXPERIMENTAL STUDY ON LATERAL RESISTANCE OF REINFORCED
GLUED-LAMINATED TIMBER POST AND BEAM STRUCTURES
Haibei Xiong1, Yingyang Liu2, Frank Lam3
ABSTRACT: In order to study the lateral resistance of reinforced glued-laminated timber post and beam structures,
nine cyclic tests on full-scale one-storey, one-bay timber post and beam construction specimens were carried out. Two
reinforcement methods (wrapping fiber reinforced polymer (FRP) and implanting self-tapping screws) and two
structural systems (simple frame and knee-braced frame) were considered in the experimental tests. Based on the
experimental phenomena and test results, feasibility of the reinforcement was discussed, contribution between different
methods was evaluated, and the seismic performances of the specimens were studied. Results showed that both the two
reinforcement methods could restrain the development of crack, and recover the strength, stiffness and energy
dissipation capacity. It also showed that the lateral resistance could be improved significantly when the failed simple
frame retrofitted by reinforcing the joint and adding knee-brace, and this approach can be very practical in engineering.
KEYWORDS: Glued-Laminated Timber, Timber Post and Beam Structure, Reinforcement, FRP, Self-Tapping Screw,
Cyclic Test

1 INTRODUCTION12
Glued-laminated timber (glulam), which is used
extensively and provides stable performance, is one of
the most common materials used in modern post and
beam structures. The component members are usually
connected with metal connectors, especially via bolted
connections with slotted steel plates due to the simplicity
of these items. When subjected to lateral loading, the
semi-rigid bolted joint connections will experience
bending moments, which creates tension perpendicular
to the wood grain and a longitudinal shear stress (the two
weakest strength properties of timber). This likely leads
to premature splitting at the joints and the bolted timber
frame could be thus damaged under lateral loading.
Therefore, the reinforcement for the bolted timber post
and beam structures should be studied and understood in
detail.
Research has primarily focused on two ways of the
reinforcement: using FRP and self-tapping screws. Yang
et al. [1] and Shao et al. [2] conducted experimental
studies on the behaviour of glulam beams and columns,
and compared the differences between the regular ones
and the reinforced ones with FRP. The test results
showed that the reinforcement improved the stiffness,
load bearing capacity and especially the ductility. Li et al.
[3] carried out experiments on FRP-reinforced columns
to investigate the effects of different wrapping methods.
The columns were wrapped in toroidal, single-helix,
double-helix and cross-helix ways, and then tested via
axial compressive load. Echavarría et al. [4] investigated
1
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the mechanical performance of glulam beams reinforced
by bamboo, punched metal plates, GFRP (fiber glass) or
CFRP (carbon fiber reinforced polymer). The results
showed that behaviour of the reinforced glulam beams is
more uniform than the unreinforced ones and less
sensitive to weak sections when loaded to failure.
Echavarría [5] studied the use of self-tapping screws
with continuous threads in the joint area as a
reinforcement to avoid splitting of timber members. The
reinforced specimens showed a less catastrophic failure
mode whereas the non-reinforced specimens failed in a
brittle way; meanwhile some increase in embedding and
ultimate strength was observed when compared with
non-reinforced joints. Lam et al. [6] conducted
experimental studies on the moment resistance of bolted
timber connections. A total of 30 connection tests were
carried out and included specimens with regular
connections, connections reinforced with self-tapping
screws and failed regular connections retrofitted with
self-tapping screws to investigate whether self-tapping
wood screws could improve the performance of bolted
timber connections subjected to a moment load. The test
results showed that the reinforced and retrofitted
connections underwent 1.70-fold and 1.53-fold capacity
increases, respectively, compared with the regular
connections under reverse cyclic loading. Kasal et al. [7]
reinforced the beam-to-column connection with selftapping screws and used hardwood blocks to support the
beams. The moment-rotation characteristics of the
connections were measured by applying static cyclic
loads and a very linear behavior was observed from the
results. Yeh et al. [8] conducted experimental tests to
study the characteristic strength properties of structural
glulam connections assembled with self-tapping screws.
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Four screw types with various numbers were designated
at each connection of the beam-girder structure with
different nailing schedules. The results indicated that the
load bearing capacity and dissipated energy were higher
when the diameter of the screw was larger; the initial
stiffness was improved by increasing the number of the
screws; screws with both double-threaded sections and
fully threaded shanks were higher than those of singlethreaded screws. Furthermore, the effect of self-tapping
screws on moisture induced stresses in glulam
component was studied by Angst and Malo [9]. The
enhancement of the low tensile strength of glulam
perpendicular to grain was observed from the test results.
From the aforementioned research, it can be concluded
that the timber performance, especially in the
perpendicular-to-grain direction, could be efficiently
improved by using FRP and self-tapping screws as
reinforcement. However, the research at present mostly
focused on components and joint connections but rarely
involved the structural level studies. In this paper, nine
cyclic tests were performed on full-scale one-storey,
one-bay timber post and beam construction specimens
and both the two reinforcement methods were
considered. The main objectives of this study are as
follows: 1) discuss the feasibility of the reinforcement, 2)
evaluate the contribution of between different methods
and 3) study the seismic performances of the specimens.

2 TEST PROGRAM
2.1 MATERIAL
The materials of this experimental study were as follows:
Canadian spruce-pine-fir (SPF) glued-laminated timber
was used to fabricate the columns, beams and braces for
the post and beam frames. Bolts with a grade of 8.8
(equivalent to ASTM A325 bolts), conforming to
Chinese Standard GB\T1231-2006, were used for
fasteners of the specimens. The maximum tensile
strength of the bolts was 800 MPa and the yield point of
them was 640 MPa. Mild carbon steel Q235B with a
thickness of 10 mm, conforming to Chinese Standard
GB 50017-2003, was used as steel plates for the
connections. The yield point of the steel plates was 235
MPa.
Würth ASSY plus VG self-tapping wood screws
continuous threads were used to reinforce the joint
connections. The screws were 280 mm in length and 8
mm in diameter. The characteristic value of the screws’
yield moment was 20 Nm and the maximum tensile
capacity was 20kN. Carbon fiber reinforced polymer
0.11 mm in thickness was used for wrapping the joint
area. The tensile modulus of elasticity was 244 GPa and
the maximum tensile strength was 3,910 MPa.

beam sections were 280 mm×180 mm and the brace
sections were 135 mm×105 mm. For the joint connection,
bolted glulam connections slotted in steel plates were
adopted. Other detailed configuration can be found in
Xiong and Liu [10]. The moisture content of the
specimens ranged from 12% to 14% during the tests.
To investigate improvements in the lateral performance,
three unreinforced regular specimens were tested as “U”
series, and six failed frames (cracks on the end of
column and beam [10]) reinforced with FRP (“FR”
series) or self-tapping screws (“SR” series), were then
tested as “R” series. Meanwhile, two structural systems
were considered, including simple frames (“F” series)
and knee-braced frames (“HB” series). The specimen
types are shown in Table 1 and the reinforcement
configuration is shown in Fig. 1.
Table 1: Specimen types

Specimen
names

Specimen types

Sketch of the
specimens

Unreinforced regular

F1
F2

simple frame

FRF1

Reinforced simple
frame with FRP

SRF1

Reinforced simple
frame with selftapping screws

Unreinforced regular

HB1

knee-braced frame

FRHB1
FRHB2

Reinforced kneebraced frame with
FRP

SRHB1
SRHB2

Reinforced kneebraced frame with
self-tapping screws

(a) Reinforcement configuration of FR series

2.2 SPECIMEN DESIGN
Nine full-scale, one-story, one-bay timber post and beam
construction specimens were designed for the
experimental study. All of the specimens had a span of
4,110 mm and a height of 2,740 mm (span-depth ratio of
1.5). The column sections were 280 mm×230 mm, the

(b) Reinforcement configuration of SR series
Figure 1: Reinforcement configuration

WCTE 2016 e-book | 3441

2.3 TEST SETUP AND INSTRUMENTATION
Monotonic and cyclic tests were carried out using a
hydraulic actuator (Schenker hydraulic loading system
manufactured by American MTS Systems Corporation)
at Tongji University. The hydraulic actuator had a
displacement range of ±250 mm and a capacity of 650
kN. The actuator was secured between the concrete
reaction wall and the steel plate at the elevation
corresponding to the top of the column. There was a
hinge between the hydraulic actuator and the steel plate
to eliminate the bending moment generated by the
gravity of the actuator so that the horizontal reverse load
could be applied more simply. The pulling load was
transferred by the steel tie bar to avoid the partial failure
of the left beam-column joint. For the boundary
conditions, the bottom of the columns was fixed by eight
bolts (22-mm diameters) to the ground beam.
Additionally, out-of-plane stability was ensured via a
steel roller installed on the gantries. Fig. 2 shows the test
setup.
The observations of the tests (Fig. 3) were recorded as
follows: 1) loading force (exported directly by the
hydraulic loading system), 2) horizontal displacement at
the top of the column, 3) relative rotation of the joint
(measured using a couple of displacement sensors), 4)
diagonal elongation of the frame, 5) pulling up of the
column, and 6) base slip.

load was applied using a displacement control method
without a vertical load on the columns or beams. The
procedure is shown in Fig. 4.

Figure 4: Test procedure

The ﬁrst displacement pattern consists of ﬁve single fully
reversed cycles at displacements of 1.25%, 2.5%, 5%,
7.5%, and 10% of the ultimate displacement Δm. The
second displacement pattern consists of phases, each
containing three fully reversed cycles of equal amplitude
at displacements of 20%, 40%, 60%, 80%, 100%, and
120% of the ultimate displacement Δm.
The ultimate displacement Δm was obtained from
matched specimens in the monotonic tests [10] based on
ASTM E564 [12]. For simple frame, Δm,F = 250 mm; for
knee-braced frame, Δm,HB = 40 mm.
The test was terminated when the load decreased to 80%
of the ultimate load or the lateral displacement reached
250 mm.

3 EXPERIMENTAL PHENOMENON
AND FAILURE MODE
3.1 Simple frame of U series
Figure 2: Test setup

Figure 3: Test instrumentation

2.4 TEST PROCEDURE
According to American Society for Testing and
Materials (ASTM) E2126 [11], the horizontal reversed

The joints were examined for local pressing as the lateral
displacement was applied. The tension was thus
perpendicular to the wood grain; longitudinal shear
stresses appeared and cracks developed in the timber
members. The bottom of the columns first split when the
lateral displacement reached 50 mm (1.8% drift ratio);
cleavage cracks then occurred at the end of the beams at
a lateral displacement of approximately 100 mm (3.6%
drift ratio). The cleavage cracks (Fig. 5) continued to
develop during the subsequent loading process without
significant load reduction. The test was terminated when
the lateral displacement reached 250 mm (9.1% drift
ratio).
The failure mode of the simple frame indicated the weak
joint and strong member. When the simple frame was
subjected to lateral loading, the semi-rigid joint
connections experienced bending moments, which
created tension perpendicular to the wood grain and a
longitudinal shear stress (the two weakest strength
properties of timber). This likely led to premature
splitting at the joints. The simple frame with wood-steel-
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wood bolted joint connections was thus easily damaged
under lateral loading.

Both the two reinforcement methods performed well in
controlling the crack development at the joint connection
and improved the weak-joint failure mode of simple
frame structural system. Meanwhile, the load bearing
capacity of the simple frame structure was also increased.
3.3 Knee-braced frame of U series

(a) Beam to column joint

(b) Column bottom joint

Figure 5: Cleavage cracks at joint connections of a U series
simple frame

3.2 Simple frame of R series
For the simple frame specimen reinforced with FRP,
some cured adhesive on the surface of the column was
stripped in the early loading process and sounds were
observed. When the lateral displacement reached 50 mm
(1.8% drift ratio), some cracks occurred at the very
bottom of the columns, but unlike U series specimens the
wrapped FRP was able to limit the splitting within the
first reinforcement layer. As increasing the displacement,
some crushes was also found at the very end of the
beams and restrained within the first FRP layer. When
the test was terminated at the lateral displacement of 250
mm (9.1% drift ratio), the joint connections turned out
almost intact only with some crushes at the component
pressing area (Fig. 6).

There was no significant failure in the early loading
process for the knee-braced frame; however, sounds
were observed near the contacts of the wood and bolts.
As the lateral displacement increased, cleavage cracks
appeared at the bottom of the columns, while the beamto-column joint connections were preserved by the kneebraces. The test ended due to the rapid load drop at a
lateral displacement of 150 mm (5.5% drift ratio), when
brace components failed, which was caused by the
buckling of the slotted steel plate, splitting of the brace
element, and the bending yield failure of the bolts in the
braces (Fig. 8).

(a) Slotted steel plate buckling (b) Brace element splitting
Figure 8: Failure modes of the knee-brace element

3.4 Knee-braced frame of R series

(a) Beam to column joint

(b) Column bottom joint

Figure 6: Reinforcement effects of a FR series simple frame

For the self-tapping screws reinforced specimen, the
timber splitting control effect at the joint connection was
slightly weaker than the FR series. The cleavage cracks
developed to between the first and the second
reinforcement layer (Fig. 7).

(a) Beam to column joint

Compare to the specimens of U series, the wood splitting
at the bottom of the columns was controlled by the
reinforcement. The effect of the reinforcement was
almost the same as the reinforced simple frame specimen
group. The failure of the knee-braced frame structural
system was basically governed by the brace component
members. Hence, the failure modes of R series kneebraced frame specimens were similar to the ones of U
series. Only a few differences in the load bearing
capacity and the ultimate failure displacement were
recorded.

4 EXPERIMENTAL RESULTS AND
ANALYSIS
4.1 MECHANICAL PERFORMANCE
PARAMETERS

(b) Column bottom joint

Figure 7: Reinforcement effects of a SR series simple frame
(a) F1

(b) F2
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(EEEP) curve (Fig. 11). The mechanical performance
parameters of the specimens are listed in Table 2.

(c) FRF1

(d) SRF1

Figure 10: Envelope curves

(e) HB1

(f) FRHB1

(g) FRHB2

(h) SRHB1

(i) SRHB2
Figure 9: Hysteresis curves

As shown in Fig. 9, hysteresis curves reflect the overall
seismic performance of the structures. The envelope
curves are also indicated in the figures. Fig. 10 shows the
envelope curves of the specimens. The peak load (Ppeak),
displacement corresponding to Ppeak (Δpeak), failure load
(Pu), and ultimate displacement (Δu) can be determined
using the average envelope curve. The yield point is
determined using the equivalent energy elastic-plastic

All the hysteresis curves showed a pinched mode, and
that is due to the bolt-connected joint type. The bolt
compressed one side wood when a load was applied, and
then gap between the bolt and the other side wood was
formed due to the absence of tensile stresses at the boltwood interface. Hence, the unloading stiffness turned out
a very low level. When plastic deformation of wood
occurred, the reloading stiffness under the previous
displacement amplitude also declined rapidly. Thus,
those two caused the pinching of the hysteresis loops.
For the simple frame specimens, the U series had a load
bearing capacity of 55.0 kN and an elastic stiffness of
0.35 kN/mm. The FR series and SR series both showed
an ability to recover the load bearing capacity and
increased it by 10% and 25%, respectively. Regarding
the elastic stiffness, SR series was the best (1.14-fold of
the U series specimen) due to the self-tapping screws’
pre-tensioning effect which increased the stiffness of the
joint connection; FR series tended to passively limit the
cracks and then showed a lower value (71% of the U
series specimen).
For the knee-braced frame specimens, the lateral
resistance capacity was mainly determined by the brace
component. As a result, the load bearing capacity and the
lateral stiffness were similar for the U series and R series.
Comparing the structural system, the knee-braced frame
provided better load bearing capacity and lateral stiffness
than the simple frame. For the U series, the load bearing
capacity and the lateral stiffness of the knee-braced
frame were 2.4-fold and 2.5-fold improved, compared
with the simple frame.
The R series specimen could effectively recover the
lateral performance of the failed U series specimen, and
the knee-braced frame improved the lateral resistance
significantly compared with the simple frame. Thus, it
can be practical in engineering to retrofit failed post-andbeam frame by reinforcing the joint and then adding
knee-brace members.
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Table 2: Mechanical performance parameters

Specimen
F1
F2
FRF1
SRF1
HB1
FRHB1
FRHB2
SRHB1
SRHB2

Ppeak / kN
54.5
55.5
60.3
69.0
130.7
121.7
124.0
118.2
115.5

Δpeak / mm
204.7
207.5
243.8
241.9
134.9
161.7
164.7
162.5
167.1

Pu / kN
53.1
55.3
60.3
69.0
104.6
97.4
99.1
94.6
92.4

Δu / mm
260.0
258.9
243.9
241.9
155.6
176.4
177.2
181.0
191.9

Pyield / kN
52.8
53.7
51.2
62.9
128.0
121.7
123.9
118.2
115.5

Δyield / mm
155.0
154.1
202.8
156.2
145.6
161.7
164.7
162.5
167.1

Ke / (kN/mm)
0.34
0.35
0.25
0.40
0.88
0.75
0.75
0.73
0.69

Note: The mechanical performance parameters represent the average value of the specimens of one structure type.

4.2 LATERAL STIFFNESS
The lateral stiffness under reversed cyclic loading is
determined using the secant stiffness [13]:
Fi   Fi 
ki  
(1)
X i  X i
where Fi+ (Fi-) = the peak load of each cycle and Xi+ (Xi-)
= the relative displacement.
Fig. 11 shows the secant stiffness curves of the
specimens.

were stuck with wood, which strengthened the joint
connection at the beginning. By increasing the lateral
load, the adhesive between the bolt and the wood was
stripped and then the lateral stiffness of the FR series
declined significantly. In the later stages of the loading
process, the SR series was better than the FR series and
the U series, and it coincided with the previous analysis,
that the self-tapping screws performed in an active way.
For the knee-braced frame specimens, the lateral
stiffness was mainly provided by the brace component.
In the initial linear stage, the stiffnesses were slightly
varied due to the some assembling differences of the
brace members. In the later stages of the loading process,
specimens in the same series showed the similar stiffness;
the U series showed higher value than the R series.
When it reached to the very late stages (i.e. after the
failure of the brace members), all the specimens had low
lateral stiffnesses which were almost the same as the
simple frame specimens.
4.3 ENERGY DISSIPATION

(a) Simple frame specimens

Energy dissipation is an important indicator in
measuring the structural seismic performance of a
structure and can be determined using the area of the
hysteresis curve. The energy consumption of the
specimens within each cycle group and the overall
energy dissipation are shown in Fig. 12.

(b) Knee-braced frame specimens
Figure 11: Secant stiffness curves

Comparing the initial stiffnesses of the simple frame
specimens, the FR series showed highest value. It is
because that some adhesive went into the blot holes
when gluing the FRP onto the joint area. Some bolts

(a) Simple frame specimens
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3.

4.

(b) Knee-braced frame specimens
Figure 12: Energy dissipation characteristics within each
cycle group of specimens

Energy dissipation of timber frame structure occurred
primarily through the bolts yielding, the friction between
the components and the splitting of the wood. At larger
lateral displacements, the wood components tended to
split, releasing high elastic strain energy to provide a part
of the structural energy dissipation. At the same
displacement amplitude, the first cycle is shown to have
the best energy dissipating characteristics because few
new cracks formed in the later two cycles.
The wood members at the joint area were strengthened
by the reinforcements and thus the steel bolts could yield
more. For the simple frame specimens, the R series
showed a better energy dissipation capacity than the U
series. The knee-braced frame specimens showed a
similar energy dissipation characteristic during the early
and middle stages of the loading process, which was
before the failure of the brace members, as the main
energy dissipation was provided by the yielding of the
bolts in braces. After the brace members failed, the
energy dissipation thrifted to the frame joint connection
and then those exhibited a similar energy dissipation
capacity of the simple frame specimens.

5 CONCLUSIONS
This paper presents the experimental study of nine fullscale, one-story, one-bay bolted timber post and beam
construction specimens, considering two reinforcement
methods (wrapping FRP and implanting self-tapping
screws) and two structural systems (simple frame and
knee-braced frame). The feasibility of the reinforcement
methods, the contribution of between different methods
and the seismic performances of the specimens were
studied. The following conclusions can be drawn from
the observations of the experimental phenomena and the
analyses of the results.
1. Both the two reinforcement methods performed well
in improving the weak-joint failure mode. FR series
joint showed almost intact, only with a little crush at
the bottom of the column and the end of the beam;
SR series limited the cracks within the second
reinforcement layer.
2. All the specimens of R series were shown to recover
the load bearing capacity. The implanted selftapping screw provided pre-tensioning effect while

the wrapped FRP tended to limit the cracks
passively.
It can be a very practical way in engineering that
retrofitting failed simple frame by reinforcing the
joint and adding knee-brace to recover and improve
the structural lateral resistance.
The wood members at the joint area were
strengthened by the reinforcements and thus the
steel bolts could yield more. As a result, the R series
specimens showed better energy dissipation capacity
than the U series specimens.
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REAL-TIME HYBRID SEISMIC SIMULATION OF A THREE-STORY
WOOD BUILDING WITH AN INTEGRATED CLT-LIGHTFRAME SYSTEM
(CLT-LIFS)
Tu T. Nguyen1, Thang Dao2, Sriram Aaleti3, John van de Lindt4, Kenneth J. Fridley5

ABSTRACT: This paper presents the results of a study whose objective was to investigate the behaviour of a hybrid
wood shearwall system defined herein as a combination of traditional light-frame wood shear walls with post-tensioned
rocking cross laminated timber (CLT). The post-tensioned CLT panels in the hybrid system offer both vertical and
lateral load resistance and self-centering capacities. The traditional light wood frame shearwalls (LiFS) provide
additional lateral load resistance along with energy dissipation through the slip of nail connections. Thus a combination
of these two types of structures will provide an excellent structural solution for mid-rise to tall wood buildings, where
there is a need for resisting large lateral and vertical loads as well as structural stability. A conventional test on the
hybrid system subjected to a reverse-cyclic loading protocol and a real-time hybrid simulation using the new algorithm
were conducted. In real-time hybrid simulation, a three-story building was modelled as a numerical substructure. In the
first story of the three-story building the experimental CLT-LiFS substructure was tested and integrated in real time
with the numerical substructure as described herein. The experimental observation of the behaviours and damage of the
hybrid shear wall are presented and discussed in this paper.
wood studs are often framed to carry the gravity load.
And sheathing (typically Plywood or Oriented Strand
12345
1. INTRODUCTION
Board) is attached in one or two sides of the frame via
fasteners such as nails or glues to increase the shear
Two types of structural systems, one emerging and one
strength and in-plane stiffness of the walls. This type of
traditional can be optimally combined to exploit their
structure exhibits a good seismic-performance capacity
beneficial features and yield a new building system for
due to its low seismic mass and large amount of energy
tall wood buildings. Traditional woodframe (light-frame
dissipation via deformation of connections [1].
wood) is light, as its name implies, and emerging cross
While the behavior of traditional light-frame wood
laminated timber has combined bearing and lateral force
shearwall structures under seismic loads is well
resisting capabilities. This paper presents the results of
understood [2, 3, 4]. Only few studies have implemented
an experimental study of a hybrid construction system
the use of CLT for shear walls subjected to earthquake
(referred in this paper as CLT-LiFS) which combines
loads [5, 6]. CLT is an innovative wood-based product,
post-tensioned rocking Cross Laminated Timber (CLT)
initially developed in the mid-1990s in Europe. Many
panels with traditional Lightwood-Frame Systems
low-rise and mid-rise buildings using CLT as the main
(LiFS). In the CLT-LiFS system, the post-tensioned
load resisting components have been built around the
rocking CLT panels provide re-centering effects for the
world since then [7]. The popularity of CLT shows an
structures, thus reduce the permanent residual
evidence of the practical and useful applications for this
deformations, and the energy dissipation was generated
low-cost and earth-friendly material. CLT is often made
through the deformation of the light-frame wood
by gluing small pieces of lumber stacked crosswise at a
shearwalls. In a traditional light-frame wood system,
90-degree angle. The dimensions of CLT panels vary
from different manufactures and depend on the
transportation
means and the purposes of using CLT in
1
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structure.
These
are often ranged from 2 ft. (0.61 m) to
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CLT provides numerous outstanding properties such as
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high fire resistance, good thermal insulation, and high
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strength-to-weight ratio. Because CLT panels are quite
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most of the system ductility relies on connections
between CLT panels. Recently, some researchers were
trying to enhance the CLT seismic-resistance by
improving its ductility using different types of
connectors. As part of the SOFIE project, Ceccotti [9]
performed a series of tests on CLT panels with different
connection configurations subjected to monotonic and
cyclic loading protocols. Smith [10] introduced hybrid
connectors for laminated veneer lumber (LVL)
structures. This type of connector combines unbonded
post-tensioned cables with mild steel bars, called energy
dissipation devices. With this connector design, the
seismic energy was absorbed through inelastic damage
of mild steel while re-centering effects were provided by
post-tensioned tendons. A series of tests on posttensioned LVL walls coupled under quasi-static and
pseudo-dynamic seismic loads were performed by Iqbal
[11]. The nailed plywood sheets were used as the energy
dissipation devices in this test. The results from the tests
show that this hybrid system offered good seismic
performance and only plywood sheathing was damaged
after the tests. More recently, Loo [12] introduced a new
type of hold-down connectors called slip-friction
devices. The experimental tests on 8×8 ft. (2.44×2.44 m)
rigid timber wall of LVL panels have been carried out
with this type of connector. Results validated the
feasibility of using the slip-friction devices for stiff
walls. Tests have been implemented for this kind of
hybrid structure with quasi-static and pseudo-dynamic
[9, 11]. No experiments have been carried out for hybrid
CLT-LiFS walls to understand the challenges arise when
combining these two types of structure. This paper
presents for the first time an experimental study
conducted on the new hybrid wood structure using cyclic
tests and real-time hybrid simulation.
The real-time hybrid testing method was initially
introduced by Nakashima [13] to test a structure laid on
the two isolation bearings with a viscous damper as a
physical component and the remaining parts of the
building were modelled with a single degree of freedom
(SDOF). This method can be applied not only for base
excitation (e.g. earthquake) but also for other loading
conditions. Also, a real-time hybrid test can represent
time-dependent non-linear dynamic effects, such as
damping effects, which are difficult to model
numerically in the pseudo-dynamic testing method.
Besides many advantages, real-time hybrid testing
methods also have some limitations; one of those is the
time delay between the command sent to the actuator
and the feedback signal, the actual measurement of
actuator movement. This time delay may cause
instability of the system and/or inaccuracy of the
structural response.
There are several sources that may cause the time delay
such as the amount of time for signal travel through the
testing controller system, time for actuator response, and
time for computing. Nakashima [13] proved that in a
linear-elastic SDOF testing system a time delay can
introduce negative damping in the system, and the
response will become unstable when this negative
damping is larger than structural damping. Many
techniques have been proposed to mitigate the effect of

time delay, and the most widespread one was introduced
by Horiuchi [14]. In this method the time delay can be
considered as a constant, and the previous and current
displacement values were used to predict the
displacement of the incoming step for the whole testing
history. The key feature of this method is using the
polynomial for extrapolation, and the order of the
polynomial can be determined based on the desired
accuracy of calculation.
Darby [15] considered the variation of the time delay
and proposed a method to estimate the online delay time
 based on the measured displacement um. And the
calculated designed displacement ud is given by
τ𝑛 = 𝜏𝑛−1 + 𝐶𝑝 ∙ tanh (C𝑣 ∙

𝑑
𝑢𝑛𝑑 − 𝑢𝑛−1
d
𝑚
) ∙ ( 𝑢n−1
− 𝑢n−1
)
Δ𝑡

The two constants Cp (proportional gain) and Cv
(velocity gain) in this formula need to be selected by
performing the scale excitation with the initial small
value of Cp, and Cv is set equal to 10 times the value of
Cp. After running the test with the scale excitation to find
the value of Cp and Cv the test can be implemented with
full scale input. This method can provide the estimation
of updated value time delay . However, it has two
limitations; the first is that the value of Cp and Cv should
be selected before performing each test. Second, the
procedure for finding these values is time consuming.
Ahmadizadeh [16] presents a direct method to estimate
delay time  by using the last three data points of
designed and measured ud and um displacement:
𝑢𝑛𝑎𝑑 − 𝑢𝑛𝑎𝑚
𝑚
𝑢𝑛𝑚 − 𝑢𝑛−2
𝑚
𝑚
𝑚
𝑢𝑛 + 𝑢𝑛−1 + 𝑢𝑛−2
=
3

τ𝑛 = 𝜏𝑛−1 + 2 ∙ 𝐺 ∙ Δ𝑡 ∙
𝑢𝑛𝑎𝑑 =

𝑑
𝑑
𝑢𝑛𝑑 + 𝑢𝑛−1
+ 𝑢𝑛−2
3

𝑢𝑛𝑎𝑚

A good advantage of this method is that no experimental
setup is required. However, the constant G (learning
gain) still needs to be determined before the test.
Another method to compensate for the time delay was
presented in an experiment conducted by Shao [17]. In
that study, the first-order and second-order feed-forward
algorithms [18, 19] were used to compensate for the time
delay for the traditional wood shearwall. The time delay
was considered as a constant and calibrated before
performing the test. The two disadvantages of this
method should be considered: first, each different test
will have different optimum value of time delay, and
calibration steps for estimating  should thus be
performed for every test; second, using constant value 
may cause the larger errors.
In this paper, a new approach for calculating the online
time delay to improve the real-time hybrid test is
presented. The results for a real-time hybrid simulation
of a 3D CLT-LiFS building using Lightwood-Frame
Systems and post-tensioned rocking CLT panels
subjected to cyclic and seismic loading will be presented
and discussed.

2. NUMERICAL MODEL
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wall dead load was 45 psf (2.15 kPa). The floor was
considered as a linear panel with a stiffness K 0 = 5.88
kips/in (10.29 KN/cm).

216

Numerical parts

Shear wall
96

PP1
Shear wall

96

The linear interpolation method was used to find the
time delay at each step of the simulation history. At each
time step, the current designed displacements and the
measured displacements were recorded and saved.
Depending on the maximum number of intended step
back, n, the corresponding number of data points were
saved and updated. Within the small time interval, the
correlation between time and displacements can be
considered as a linear relation. The value of time delay,,
𝑑
thus can be calculated based on 𝑢𝑖𝑑 , 𝑢𝑖𝑚 and 𝑢𝑖−𝑛
as:
𝑚
𝑑
𝑢𝑖 − 𝑢𝑖−𝑛
𝜏𝑖 = 𝑛 ∙ 𝑡 + 𝑡 ∙ 𝑑
𝑑
𝑢𝑖−𝑛−1 − 𝑢𝑖−𝑛
𝑑
𝑚
where, 𝑢𝑖
and 𝑢𝑖 are desired displacements and
measured (feedback) displacement at the current step i;
𝑑
𝑑
𝑢𝑖−𝑛
and 𝑢𝑖−𝑛−1
are desired displacements at time steps
i-n and i-n-1; t is time step. In each iteration loop,
based on the current measured displacement value
𝑢𝑖𝑚 the program starts to search a value in the recorded
measured displacements that satisfied the expression
𝑑
𝑑
𝑢𝑖−𝑛−1
≤ 𝑢𝑖𝑚 ≤ 𝑢𝑖−𝑛
. Within a specified number of backtracking steps, if the program could not find the desired
displacement value 𝑢𝑖𝑚 that fulfilled the expression
𝑑
𝑑
𝑢𝑖−𝑛−1
≤ 𝑢𝑖𝑚 ≤ 𝑢𝑖−𝑛
, the results of i in this step was set
equal to the value of i-1 in the previous step. The
flowchart of this algorithm can be seen in Fig. 1.

Physical substructure
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Fig. 2. Location of experimental panel in test structure
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Fig. 1. Flowchart for finding 

2.2 NUMERICAL MODEL
Numerical model was needed for real-time hybrid
simulation conducted in this study. In real-time hybrid
simulation, the test structure was assumed to be a 3-story
building with an 18x36 ft. (5.48×10.97 m) rectangular
floor layout. The total building height was 3×8 ft. = 24
ft. (7.31 m). The substructure being tested physically
was an 18x8 ft. (5.48×2.43 m) hybrid wall (CLT-LiFS)
located in the middle frame of the first floor. The other
parts of the building were light-frame wood system and
were modelled numerically using data from a study by
Shao [17]. The configuration of the 3-story building is
shown in Fig. 2.
The total mass applied to numerical model of the tested
structure was 20 psf (0.96 kPa) of dead load plus 50 psf
(2.39 kPa) of live load applied on each floor, and the

Nonlinear hysteresis behavior of LiFS was modelled
using 10-parameter model introduced by Folz and
Filiatrault [2]. There were two types of LiFS panels in
the building, 12×8 ft. (3.66×2.44 m) and 18×8 ft.
(5.48×2.44 m) panels. Table 1 shows the ten parameters
of each panel type in which those of 12×8ft
(3.66×2.44m) panel were obtained from a study by Shao
[17]. And the ten parameters of the 18×8ft (5.48×2.44m)
panel were induced by scaling stiffness (or scaling K0,
F0, F1) over the length of 12×8ft (3.66×2.44m) panel.
Interest readers can refer to [2] for more details of 10parameter hysteresis model.

3. EXPERIMENTAL WORK
3.1 TESTING OBJECTIVES
Since this is the first time a study on the hybrid system
of CLT and light-frame wood system is conducted, the
experimental program of this study aimed to understand
the structural behavior of this system under different
loading protocols. There were two phases of
experimental program in this study. In the first phase, the
lateral cyclic loading protocol was used to study the
interacting behaviours between traditional shear walls
and the post-tensioned CLT panels, e.g. damage pattern
in each component and connections between the two. In
the second phase, a series of real-time hybrid simulations
were implemented to validate the real-time delay
updated algorithm and to observe the behaviours of CLT
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and LiFS panels under different ground motions. In this
second testing phase, a CLT-LiFS wall was integrated in
a three-story numerical building as shown in Fig. 2. A
summary of the test program is listed in Table 1.

3.3 EXPERIMENTAL SET-UP

3.2 TEST STRUCTURE
In test phase 1, a CLT-LiFS shearwall was used to study
the interaction between CLT and LiFS under lateral
cyclic loading. The CLT-LiFS wall was 18 ft. (5.48 m)
long, 8 ft. (2.44 m) high and consisted of one posttensioned 2ft ×8ft (0.61×2.44m) CLT panel and three
LiFS panels and one door-opening panel, as shown in
Fig. 4. The LiFS panels were made by 2×6 (5.08×15.24
cm, nomination dimension) Spruce-Pine-Fir (SPF) studs
and 15/32 (1.19 cm) plywood sheathing. The 8d box
nails were used as fasteners connecting sheathing to the
frame at 6 in. (0.15 m) spacing on the sheathing
perimeter and 12 in. (0.305 m) spacing in the field. The
CLT panel was attached to the LiFS panels using six 16d
common nails on each side at a spacing of 24 in. (0.61
m). In the post-tensioned CLT panel, a tendon (7 wires
with 0.5 in. (1.27 cm) diameter) was installed through a
predesigned hole along the height of the panel at the
cross-section center. The CLT panel was then installed
in the testing position with one end of the tendon was
anchored in a steel beam tied-down to the strong floor
and the other end was anchored at the top of the load cell
placed on the top of CLT panel. A steel plate was placed
on the top of the CLT panel, between CLT panel and
load cell, to prevent the CLT panel from local failure
under post-tensioned load. The post-tensioned force
applied in the tendon was 22 kips (97.86 KN). Table 2
provides the properties of CLT [10] and tendon [20].

Tendon

CLT

Table 2. CLT and tendon properties
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Steel beam
Rollers
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2x4 Stud

Steel beam
Rollers
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45

1

3

2

Steel beam

Fig. 3. Schematic of experimental set-up for hybrid wall

The instrumentation included a load-cell installed on top
of the CLT panel to monitor the changes of pre-stressed
forces in tendon and two linear variable differential
transformers (LVDTs) placed on the CLT panel edges to
measure the displacements between the CLT panels and
LiFS walls. The data collected from these sensors was
recorded by the NI system.

Compressive strength
Elastic modulus parallel
to the grain
Elastic modulus
perpendicular to the grain
Yield strength
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3.4 TEST DESCRIPTION
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3.4.1 Cyclic test for hybrid wall
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As mentioned in the numerical model, test phase 2
involves a real-time hybrid simulation of a 3D 3-story
building in which the CLT-LIFS wall that had the same
configuration described in test phase 1 was integrated as
the middle wall of the first story (as shown in Figure 2).
The CLT-LIFS wall was tested physically while the
other parts of the building were light-frame wood
shearwalls and modelled numerically on the target
machine. These light-frame wood shearwalls had the

Steel beam
Rollers

96

Earthquake

78

Loading
Cyclic

96

2

Wall configurations
CLT-LiFS wall
CLT-LiFS in three-story
numerical building

The hydraulic equipment and controller components in
The Large Scale Structural Engineering Laboratory at
The University of Alabama were used to implement the
test. The tested structures were connected to the steel
beam at the bottom through the post-tensioned tendon in
the CLT panel and via the 5/8” (1.58 cm) anchor bolts in
the LiFS panels. At the double studs and single studs on
both sides of the CLT panel, Simpson Strong Tie HUD9SDU2.5 hold-downs were used to restrain the
overturning effect. The load cell on the top of CLT panel
was linked directly to a National Instrument (NI) data
acquisition system for monitoring the changes of prestressed forces in tendon during the test.
In both shear wall, the load protocols were applied under
displacement control using MTS actuator attached to the
top of the tested structures. The out-of-plane movement
of the wall was resisted by six rolling bearers, as shown
in Fig. 3.

2x8 ft CLT

Table 1. Summary of experimental program, wall
configurations and loading protocol

Test phase
1

same nail pattern and stud spacing as those used in the
hybrid wall, but had the different lengths as listed in
Table 1.

The Wood – ISO [21] cyclic loading protocol was used
for the cyclic test. A hydraulic actuator was attached to
the top of the CLT-LiFS wall and the test protocol was
applied through this actuator under displacement control.
The force and displacement at the top of the CLT-LiFS
wall were recorded during the test using the sensors
installed inside the actuator. The relationship between
the force and displacement is plotted in Fig. 4.
3.4.2 Real-time hybrid simulations of 3D-three story
Building
The 6.7 Mag. Northridge – Beverly Hills quake in 1994
was utilized to conduct the real-time hybrid test. Three
different hazard levels, namely 44% Design Basis
Earthquake, Design Basis Earthquake (DBE), and
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Cumulative Distribution value

Maximum Considered Earthquake (MCE) were
considered. The DBE hazard level was chosen with a
return period of 475 years or a 10% probability of
exceedance in 50 years.
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Fig. 6. Peak story drift distribution for 44%DBE, DBE and
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3.5 INCREMENTAL DYNAMIC ANALYSIS (IDA)
USING REAL-TIME HYBRID SIMULATION
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Fig. 4. CLT-LiFS hysteretic under cyclic loading

The testing structure had a natural period Tn = 1.066 s
with a 5% of damping. The structure was assumed to be
built on the stiff soil class D in California. The mapped
MCE spectral response acceleration parameter at short
periods Ss = 2g, and at a period 1s, S1 = 1g were
determined using the seismic maps specified by
ASCE7/SEI [22]. The site coefficient for the short period
was Fa = 1 and at a period 1s was Fv = 1.5. The provided
information was used to construct the Design
acceleration response spectra, as shown in Fig. 5.
2

44%DBE
DBE
MCE

1.8
1.6
1.4
1.2

After a series of real-time hybrid simulation using
aforementioned 22 earthquake motions at DBE level, the
CLT-LIFS wall specimen experienced minimal damage.
An IDA was conducted using real-time hybrid
simulation. The purpose of these test series is to check
the performance of the physical CLT-LIFS wall at its
limit to observe how this new hybrid structure behaves at
failure. Even though the damage of the wall after each
test affected its performance in next loading, the
observed damage is in the conservative side and still
gave us some insight of its performance. The
incremental step of 0.2g of response spectrum at the
building period was used to scale the ground motion for
the set of the first 14 tests, and 0.7g and 1.5g, for those
of the last two tests. At the end of each test, the CLTLiFS wall was visually examined for all structural
components and connection damages. The displacement
at the top of CLT-LiFS wall was recorded and used to
plot the IDA curve of CLT-LiFS.

1
0.8

5.2

0.6

4.8
4.4

0.4

4

0

T
0

3.6

T

o

s

0.5

1

1.5

2

Period, T(s)

Fig. 5. Design acceleration response spectra for 5% damping

To check the statistic properties of building response, a
series of tests at 44% DBE and DBE level were
conducted with 22 different ground motions from the
ATC-63 Project list [23]. At the end of each test, the
structural response and peak drift were recorded. Also,
the numerical simulations for CLT-LiFS structure
subjected to 22 earthquakes were also analyzed at MCE
level. These data then were used to construct the
cumulative distribution function (CDF) of the peak story
drift, both experimental and numerical data were plotted
as shown in Fig. 6. The data plotted as filled-in circular
markers represents the experimental data.
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Fig. 7. IDAs from experiment and numerical analysis

The 6.7 Mag. Northridge – Beverly Hills quake in 1994
was selected to perform the IDA test for the physical
hybrid wall, the other earthquakes were numerically
implemented for the other two IDAs and the results are
plotted in Fig. 7. The data plotted in filled-in circular
markers is for the experimental IDA.
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4. DISCUSSION ON RESULTS
4.1 TIME HISTORY RESPONSE OF RTHS WITH
UPDATED DELAY ALGORITHM
In order to evaluate the performance of real-time hybrid
tests over time, the Normalized Peak Error (NPE) and
Root Mean Square (RMS) were used to calculate the
difference between the desired displacements and
measured displacements. Different values of NPEs and
RMSs at different hazard levels were presented in Table
3 for the test with ground motion input recorded from
Northridge earthquake. Also in this table, the results
from Shao (2014) were included.

that connected the post-tensioned CLT panel with LiFS
wall were fractured and large gaps between these two
components were observed by the end of the tests. Some
edge nails at the bottom perimeter of the LiFS wall were
completely pulled out. In the other parts, the nails were
partially pulled out around 1 in. (2.54 cm), but no
sheared off nails were observed. The details can be seen
in Fig. 9. From the hysteresis shown in Figure 4, it can
be observed that the residual displacement of the CLTLiFS wall was very small, about 0.45 in (1.143 cm)
compared with 6 in. for light-frame wood structure alone
[17]. This indicates the excellent self-centering ability of
the post-tensioned CLT panel in this new hybrid
structural system.

Table 3. Value NPE and RMS at different hazard level

This study
Shao
Damper wall

ID
1
2
3
a
b

Level
44%DBE
DBE
MCE
30%DBE
DBE

NPE (%)
2.02
1.90
2.25
1.53
2.13

RMS (%)
1.65
0.98
1.11
3.03
2.64

As can be seen from Table 3, the experimental results
showed that the new algorithm using real-time delay
updated for compensating the time delay worked very
well. At the DBE hazard level, the value of NPE and
RMS were 1.90% and 0.98%, respectively. The
maximum NPE was 2.25% in the test at 44%DBE level
and the maximum value for RMS was 1.65% at MCE
hazard level. These values indicate that the proposed
algorithm was reliable and can be accepted for
simulating the seismic responses. Fig. 8 showed the
differences between the measured displacements to the
desired displacements of the CLT-LiFS wall under the
Northridge Earthquake at DBE level.

Fig. 9. Damages on CLT-LiFS wall after the cyclic test

4.3 HYBRID SHEAR WALL DAMAGES UNDER
EARTHQUAKE MOTIONS
Fig. 8 Displacement response of CLTT-LiFS under Northridge
Earthquake at DBE level

4.2 HYBRID SHEAR WALL DAMAGES UNDER
CYCLIC LOADING
As can be seen in the hysteresis plot in Fig. 4, the CLTLiFS wall reached the peak force of 10.5 kips (46.7 KN)
at around 1.75 in. (4.45 cm). Due to the large
displacement on the top of the CLT-LiFS wall during the
cyclic test, the wall exhibited some damage. The nails

The CLT-LiFS wall was then integrated in a 3-story
numerical building and tested under the Northridge
earthquake ground motion scaled at 44%DBE, DBE and
MCE level. A visual check was performed at the end of
each test. No damages were observed on the CLT-LiFS
wall components and connections at these hazard levels.
It should be noticed that this building was not designed
for these hazard levels, therefore no damage does not
mean this building performed well under these hazard
levels. Since this is an initial study of this new
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hybridized structural system to check the behavior of this
new system, the analysis is focused more on how posttensioned CLT panel and light-frame wood structure
work in the new system.

which was 2.5% (Table 12.12.1, ASCE7/SEI, 2010). The
results indicated that the CLT-LiFS wall was stiffer than
conventional shear wall due to the dominance in strength
of the post-tensioned CLT panel.
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Fig. 10. Hysteretic behavior and Dynamic response of Hybrid
wall under Northridge at DBE level

At the DBE level, the maximum displacement on the top
of the CLT-LiFS wall was 0.575 in. (1.46 cm) at which
the resisting force of 7.66 kips (30.07 KN) was recorded.
The peak residual deformation in this case was at around
0.05 in. (0.508 cm), as shown in Fig. 10b. The maximum
residual deformation in this case was smaller in
comparison with that of the previous study (Shao et al.
2014) which was around 0.75 in. After tests at the DBE
and MCE level, the hybrid wall was still working within
elastic range owing to the efficiency of the self-centering
effects provided by post-tensioned rocking CLT panel.
A series of IDA tests were performed on this hybrid
wall. No damages on the CLT-LiFS wall were observed
when IDA test was performed at a level of 1.4g. The
pictures of damages at different hazard level is presented
in Fig. 11.
The peak displacement on the top of the CLT-LiFS wall
at the hazard level of Sa = 3.5g was 2.393% (2.29 in)
(5.82 cm). The perimeter nails connected sheathings to
studs were sheared off and the CLT-LiFS wall was
considered to be failed. The drift of the CLT-LiFS wall
in this case was still smaller than the Allowable Story
Drift for shear wall structure under Risk Category II,

Fig. 11. Damages on CLT-LiFS wall after the IDA test

When the CLT-LiFS wall subjected to more severe
ground motion, at the hazard level of 5.0g, the CLTLiFS wall was still working within the linear range, as
shown in Fig. 7. The sheathings of the LiFS wall were
rotated at a large angle, therefore, all the perimeter nails
were fractured and the center nails started pulling out. At
this point, the role of LiFS wall as components to absorb
the earthquake energy was less effective and the CLTLiFS wall expressed the permanent deformations at
approximately 3.5%.
The gaps between the CLT panel and LiFS wall were
nearly twice bigger than that of the 2.8g earthquake
level, as shown in Fig. 12. This showed that the LiFS
components were damaged and the CLT-LiFS wall no
longer worked as an integrated system. Recall that this
building was not designed for this hazard levels, but the
tests indicated a very high performance limit of this type
of structures.
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Fig. 12. The gaps between CLT panel and Traditional wall at
2.8g and 5.0g

5. CONCLUSIONS
The new algorithm for calculating online updated and
compensating time delay worked well in the earthquake
simulation. The NPE and RMS values from
experimental test were 1.90% and 0.98%, respectively,
at the DBE level. The hybrid wall works well under
MCE level owing to the high stiffness, efficient selfcentering capacity provided by CLT panel and a large
amount of energy dissipation offered by traditional wall.
Finally, it can be concluded that the innovative CLTLiFS system shows promise and should be investigated
in an array of systems.
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MECHANICAL BEHAVIOR AND DESIGN METHOD OF PASSIVELY
CONTROLLED SMALL WOODEN STRUCTURES
Hiroyasu Sakata1, Yoshihiro Yamazaki2, Kazuhiro Matsuda3 and Kazuhiko Kasai4
ABSTRACT: In this paper, application of passive control devices to small wooden structures is introduced. Chapter 2
discusses the seismic behavior and the performance of structural components of conventional wooden structures. While
they show ductile behavior in the monotonic loading, the energy dissipation in the cyclic loading is not originally better
than other structures because of the slip behavior. Chapter 3 introduces the experiments and analyses for the structural
behavior of the energy dissipation walls which involve unique mechanics to dissipate most energy in the dampers. In
Chapter 4, the seismic behavior of passively controlled wooden structures is investigated through both experimental test
and numerical analysis. Furthermore, a design methodology for passively controlled wooden houses is proposed in
Chapter 5. The accuracy of the proposed method is confirmed by time history analyses.

KEYWORDS: Passive control structure, Energy dissipation wall, Damper, Deformation control design

1 INTRODUCTION 123
27.5 million detached houses form the foundation of
most Japanese citizens’ life, among which about 25.4
million (about 93%) are wooden houses. Most of
wooden houses are post and beam structure and
constructed following specification code. The code has
played important role in terms of reduction of collapses
of wooden houses when suffered severe earthquakes.
While they are effective to satisfy minimal seismic
performance with less effort, the actual seismic response
is not able to be predicted. The current seismic design
methodology in Japan generally ensures that buildings
are capable of withstanding rare and moderate
earthquakes without being damaged, and protecting the
occupants’ life safety under very rare and major
earthquakes even if they were damaged to some extents.
However, higher seismic performance has been
demanded by citizens because recent earthquakes in
Japan consist of series of strong motions including
foreshock and aftershock like Tohoku(2011) and
Kumamoto(2016). The functional continuity and quick
recovery after earthquakes has become a major problem.
In this paper, passive control techniques, which have
been well developed for tall buildings, are re-explored
for a low-cost solution to the enhancement of the seismic
1

Hiroyasu Sakata, Tokyo Institute of Technology,
sakata.h.aa@m.titech.ac.jp
2 Yoshihiro Yamazaki, Tokyo Institute of Technology,
yamazaki.y.ai@m.titech.ac.jp
3 Kazuhiro Matsuda, Tokyo Institute of Technology,
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4 Kazuhiko Kasai, Tokyo Institute of Technology,
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performance and property-retention capability of
detached wooden houses. For such small houses, the
current study proposes a passive-controlled wooden
structure consisting of a low-rise wooden frame structure
and energy dissipation walls, which are a combination of
wooden components and passive dampers. Development
of high performance energy dissipation walls and the
application to wooden frame are introduced. The
efficiency is confirmed through a lot of experiments and
analyses. Simple design method to presume the
maximum deformation of wooden houses is also
proposed because the reduction in deformation is
important for controlling the damages.

2 MECHANICAL BEHAVIOR OF
WOODEN FRAME
2.1 BEHAVIOR OF CONVENTIONAL WOODEN
SHEAR WALL
Figure 1 shows relationship between force and
deformation of conventional wooden brace shear wall
[1]. The hysteresis loop represents typical slip and
pinching behavior, and the structure does not dissipate
much energy in cyclic loading. This derives from local
embedment of wooden material in the connections and
they are accumulated as structural damage.
In order to enhance the seismic performance,
improvement of connection to prevent the slip behavior
and application of new materials with high fatigue and
energy dissipating performance such as passive dampers
is necessary.
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Figure 1:Relationship between force and deformation of
wooden brace shear wall
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In order to understand behavior of wooden connections
and control their deformation in wooden frame, tensile,
shear and flexural-shear tests were carried out [2, 3].
Conventional wooden connections consist of mortisetenon joint and some metal parts such as hold-down.
Figure 2 shows envelope curve of relationship between
force and deformation. Red dash line is envelope curve
of analysis model used in section 4.2.
As for hold-down connection, it has high stiffness and
strength for tensile force and large deformation capacity
for flexural-shear force, which are suitable
characteristics to concentrate force and deformation on
dampers in wooden frame. Although mortise-tenon joint
are not reinforced by metal parts for shear force, it has
enough stiffness and strength.
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Figure 2: Result of connection tests

3 MECHANICAL BEHAVIOR OF
ENERGY DISSIPATON WALLS
3.1 DESIGN OF ENERGY DISSIPATION WALL
In order to improve the seismic performance of wooden
frame, special mechanics are developed as shown in
Figure 2 [3, 4]. They use shear-link mechanics and
involve passive dampers. They are able to be installed in
wooden frame whose connections are specially
reinforced. As for K-brace type, damper force is directly
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Figure 4: Force and deformation of damper
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transmitted to anchor bolts through steel members. From
the geometric relation, damper force is three times of the
one of system, and damper deformation is one third of
the one of system as show in Figure 4. Three types of
System

Damper

dampers are employed in the system: viscoelastic
damper, steel damper and friction damper as shown in
Figure 5 and 6.
Figure 7 is schematic design model of energy dissipation
wall to determine stiffness and strength of the damper.
The target strength is 9.8kN at 1/120rad which is
commonly-used limitation of story drift angle in
moderate earthquake, and the necessary amount of
damper is calculated by assuming the contribution of
each component. Contribution of damper to shear force
and story drift angle is determined by the geometric
relation (Figure 4). Contribution of others can be
predicted based on the connection tests shown in the last
chapter. Since their balance clearly determines the
performance, the amount of damper should be carefully
designed to satisfy the target.
3.2 DYNAMIC LOADING TEST ON ENERGY
DISSIPATION WALL
Figure 8 shows results of dynamic loading test on the
energy dissipation walls employing viscoelastic

System

＾

Damper
＾

＾＾
＾

＾

Viscoelastic damper
(VK)
＾

＾

＾＾
＾

Steel damper
(SK)

＾

＾

＾

＾＾
＾

＾

Friction damper
(FK)
(a): Up to 1/120rad of story drift
Figure 8: Hysteresis loop of energy dissipation walls and dampers

(b): Up to 1/30rad of story drift
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damper(VK), steel damper(SK) and friction damper(FK).
The hysteresis loops look ellipse in VK and
parallelogram in SK and FK, respectively. Typical slip
and pinching behavior in wooden frame structure was
not observed, and the dampers worked well from small
to large deformation amplitude. In addition, design
method of energy dissipation wall proposed in the last
section is able to control the stiffness and strength of the
energy dissipation wall by tuning the stiffness balance of
damper and frame. In the case of VK, stiffness
degradation observed in 1/60rad or larger was caused by
temperature increase of viscoelastic material.
Figure 9 shows contribution of components to
deformation. Contribution of damper deformation ud and
the one of rocking ua could be measured in the
experiment, and the rest was defined as the one of
deformation of members and damper connection uc. In
the case of VK, 50% of deformation always consisted of
ud because viscoelastic damper behaved linearly during
experiments. On the other hands, when employing
inelastic damper like SK or FK, contribution of ud
increased as story drift became large. In small
deformation amplitude of FK, ud was quite small until
the damper started to slide.
Up to θ = ±1/120rad

Up to θ = ±1/30rad

VK

SK

uc
ua
ud
uc
ua
ud

Figure 10 shows the test setup and Figure 11 shows list
of specimens. The parameters are wall type (plywood
sheathing panel wall/K-brace energy dissipation wall)
and damper type (viscous-elastic damper/friction
damper).
Uni-directional input motion was applied. JMA Kobe
earthquake and Taft earthquake were used and the
intensity was normalized by the peak ground
acceleration like "0.2g Kobe" or "0.2g Taft".
Figure 12 shows relationship between shear force and
story drift of each story. The application of energy
dissipation wall to wooden frame is likely to be effective
in terms of improvement of the energy dissipation and
reduction of the maximum story drift.
In the case of the specimen without dampers "-1.6W-/WW" subjected to "0.2g Kobe (2)", the maximum
deformation became quite larger compared to that
subjected to "0.2g Kobe". It is obvious that the
conventional structural system cannot maintain the
original performance after severe earthquake while
specimens with dampers show linear behavior in all the
excitations. The passively controlled systems are
expected to protect the safety not only in main shock but
in aftershocks.
Figure 13 shows natural period and damping ratio of 1st
mode. They were identified by analysis of transfer
function obtained by white noise input motion using
curve fitting method. In the case of specimens without
energy dissipation walls, natural period and damping
ratio increased after large earthquake (0.6g Kobe), which
was owing to accumulated damage of wooden frame. On
the other hands, when employing energy dissipation
walls with viscoelastic dampers, natural period and
damping ratio were stable during experimental procedure.
In addition, the initial damping ratio was much higher
than those of specimens without energy dissipation walls.
These results also validate the efficiency of dampers
from a point of view of damage protection.
4.2 FRAMING ANALYSIS

uc
ua
FK

ud

ud：Contribution of damper deformation
ua：Contribution of rocking
uc：Contribution of deformation of members and damper connection

Figure 9: Contribution of components to deformation

4 MECHANICAL BEHAVIOR OF
PASSIVELY CONTROLLED
WOODEN FRAME
4.1 SHAKING TABLE TEST ON TWO-STORY
WOODEN FRAME
In order to discuss the dynamic behavior of wooden
frame with energy dissipation walls, shaking table test
on two-story wooden frame was carried out [5, 6].

Framing analysis model is introduced to simulate not
only global behavior but local behavior like connections'
deformation and tensile force of anchor bolts [7]. Figure
14(a) and Figure 14(b) are two-dimensional framing
model of energy dissipation wall and plywood sheathing
wall, respectively. Generally, posts and beams are
modelled by elastic beam elements, and connections are
modelled by inelastic spring elements whose properties
are determined by results of element tests. Figure 14(c)
shows an example of the detail around connection.
Figure 15shows modelling method for axial spring of
connection. The hysteresis loop is fitted to test result
(black line). The spring represents flexibility of
connection including hold-down. The behavior of
viscoelastic damper is simulated by numerical algorithm
proposed by Kasai et. al [8]. Friction damper is modelled
by normal bi-liner element.
The framing model is applied to the specimens of
shaking table test in the last section. Figure 16 shows the
comparison between analysis results and test results.
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Name
Element

Specimen

Figure 10: Shaking table test on twostory wooden frame
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3.6 x 1P
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5.0 x 2P

Figure 11: List of specimens
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Plywood
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(both side)

-40

Figure 11: Relationship between shear force and story drift of each story (Units: kN and mm)

They show close agreement each other. Therefore, the
framing analysis model is useful to investigate behavior
in individual situation. The influence of arrangement of
energy dissipation walls in two-story wooden frame has
been discussed in reference [7].

5 SEISMIC DESIGN METHOD OF
PASSIVELY CONTROLLED
WOODEN HOUSE
5.1 CONVENTIONAL EVALUATION METHOD
Conventional evaluation method of allowable strength is
introduced. Skelton curve up to ultimate deformation

angle is approximated by elastic-perfectly plastic model
(EPP) using well-known method provided by HOWTEC
in Japan [9]. The ultimate deformation angle is defined
as the one corresponding to 0.8Pmax as shown in Figure
17(a), and it is usually 1/30rad or larger. Allowable
strength Pa is calculated as follows.
⎞
⎛ 0.2 Pu
2
Pa = min⎜⎜
, Py , Pmax , P1/ 120 ⎟⎟
D
3
⎠
⎝ s
Ds′ =

1
2µ ′  1

(1a,b)
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Figure 15: Modelling of axial spring of connection
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Figure 13: Dynamic properties of specimens
910

(1) 0.6g Kobe
(2) Clenching bolts
(3) 0.83g Kobe
910

Rigid
bar

Rigid bar

Rigid
bar

Shear
spring

Truss

Shear
spring

Shear
spring

2730

Damper
element
Shear
spring

Rigid frame
Shear
spring

Shear
spring

Truss

Shear
spring

Axial spring
Rigid bar

(a): Energy dissipation wall
Post at
2nd floor

Bottom
connection of
energy
dissipation wall
at 2nd floor

Axial
spring

Tenon

Rigid
bar

(b): Plywood sheathing wall
Shear
spring
Rotational
spring
Rigid bar

Post at
2nd floor

Beam

Rotational
spring
Bolt
Post at
1st floor
Anchorage

Axial
spring

Shear
spring

(c): Detail around connection
Figure 14: Framing model of energy dissipation wall and
plywood sheathing wall
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δ

δ

(2) (3)

Where,
Pu : Ultimate strength of EPP model
Ds : Structural characteristics factor of EPP model
μ : Ductility ratio of EPP model
Py : Yield strength of EPP model
Pmax : Maximum strength
P1/120 : Strength at 1/120 rad
Pu/Ds is based on Energy conservation rule proposed by
Newmark&Hall [10]. Ds is originally reduction factor of
seismic force by plasticity. This term ensures the safety
in level 2 earthquake which is characterized by the
acceleration response (= 1G) of elastic system having
5% damping. Py is considered to prevent minor damage
against level 1 (moderate) earthquake. Coefficient 0.2
means the ratio of seismic force between level 1 and
level 2. 2/3Pmax and P1/120 ensure safety margin to
maximum strength and stiffness, respectively.
From the above discussion, prevention of both minor
damage in level 1 earthquake and collapse in level 2
earthquake is likely to be satisfied. However, the
effectiveness of energy dissipation derived from
supplemental damping devices is not taken into account.
Therefore, simple design method for passively controlled
wooden house is proposed, which is based on allowable
strength design method for simplicity. It is likely to be
categorized as deformation control design method. The
key point is how to evaluate the allowable strength of
each shear wall.
5.2 EVALUATION METHOD FOR WOODEN
SHEAR WALLS AND ENERGY
DISSIPATION WALLS WITH
DISPLACEMENT-DEPENDENT DAMPER
The target story drift angle subjected to level 2
earthquake is set 1/75rad because the damage in such
angle can be repaired with minor expense and the
structure are capable of continuous use [11].
Skeleton curve up to 1/75rad is approximated by EPP
model in the same way as conventional method in the
last section. Allowable strength P'a is calculated as
follows.
⎛ 0.2 Pu′
⎞
Pa′ = min⎜⎜
, Py′ ⎟⎟ , Ds′ =
′
⎝ Ds
⎠

1
2µ ′  1

(2a,b)
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Figure 16: Comparison between framing analysis results and shaking table test results

Where,
P'u : Ultimate strength of EPP model
D's : Structural characteristics factor of EPP model
μ' : Ductility ratio of EPP model
P'y : Yield strength of EPP model
" ' " means that the value is evaluated by new method.
Although the conventional design method expects large
μ (around three to six), new method uses smaller μ' than
conventional μ because it does not expect ductility.
Compared to the conventional method, 2/3Pmax and P1/120
are neglected. By considering P'y, minor damage against
level 1 earthquake is also prevented. However, P'a is
likely to be determined by 0.2P'u/D's in many cases.
Figure 17(b) is the EPP model. As for energy dissipation
walls with displacement-dependent damper, the same
formula is applied because the behavior is likely to
follow Energy conservation rule.

5.3 EVALUATION METHOD FOR ENERGY
DISSIPATION WALLS WITH VELOCITYDEPENDENT DAMPER
Behavior of energy dissipation walls up to 1/75rad is
likely to be almost linear having high viscous damping.
Therefore, allowable strength of energy dissipation walls
Pd is evaluated assuming steady state response at 1/75rad
as follows.
Pd =

1 + αh0
0.2 P1/ 75
, Dh =
1 + αheq
Dh

(3a,b)

Where,
P1/75 : Strength of energy dissipation wall under steady
state condition at 1/75rad
heq : Equivalent damping ratio
Dh : Damping effect factor (h0 = 0.05, α = 25)
P1/75 is divided by Dh to increase strength instead of
multiplying seismic force by Dh. Therefore, reduction in
seismic force by high damping is replaced by increase of
strength.
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5.5 ANALYSIS MODEL AND INPUT MOTIONS
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Figure 17: Evaluation of allowable strength of plywood
sheathing panel wall

Some of velocity-dependent dampers have dependency
on frequency and temperature. We assume that
equivalent frequency of wooden house at 1/75rad is
1.4Hz considering typical skeleton curve, and standard
temperature is set at 20 degrees.

Figure 18 shows hysteresis loop of plywood sheathing
wall(WP) and wooden brace wall(WB), which are
modelled by bi-linear+slip model [12].
While energy dissipation wall with displacementdependent damper is model by normal bi-linear, analysis
model shown in Figure 19(a) is applied to energy
dissipation wall with velocity-dependent damper to
simulate the minor non-linearity in various situation of
frequency, displacement amplitude and temperature [8,
13]. Figure 19(b) shows comparison with result of
dynamic loading test. They show close agreement.
Lumped mass-shear spring model is used to represent
two-story wooden detached house. m1 = 11.5ton and m2
= 10.1ton are considered. Relationship between base
shear coefficient and story drift angle of first story is
shown in Figure 20(a) with respect to each wall type and
wall amount. The contribution of gypsum board walls as
non-structural components is also taken into account. 2%
of viscous damping proportional to initial stiffness is
added.
Model parameters are type of wooden shear walls (WP,
WB), type of energy dissipation walls (VE, ST) and wall
amount α. α is defined as Pf/Q which means the ratio
between allowable strength of wooden shear walls
calculated by conventional method and required strength.
Therefore, α = 1 represents a standard model based on
conventional seismic design method.
Four artificial waves having idealized spectrum and four
real waves whose peak ground velocity (PGV) is scaled
to 50cm/s are used. Pseudo acceleration spectra are
shown in Figure 21(b), (c).

5.4 DESIGN PROCEDURE

910mm

P=

 P′ +  P′
f

(4)

N

Where,
P'f : Allowable strength of wooden shear wall
P'N : Allowable strength of non-structural wall
3) Necessary amount of energy dissipation walls
Energy dissipation walls are added so that building
strength P exceeds required strength Q. Therefore,
necessary strength of energy dissipation walls ΣPd is
calculated as follows.

P
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1) Required strength
Required strength of each story Q is calculated by
weight, required base shear coefficient and distribution
of seismic force similar to general structural design.
Although base shear coefficient C0 = 1.0 is actually
assumed, C0 = 0.2 is used for the purpose of calculation.
2) Building strength
Building strength before adding energy dissipation walls
P is calculated as follows.

Wood brace :
30×105mm

5

-150 -100 -50

0

00

50 100 150

-5
-10

(5)
(b): Wooden brace wall(WB)

Figure 18: Hysteresis loop of wooden shear walls
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Fds, uds

Pseudo brace
(Elastic spring)

black symbols show that with energy dissipation walls.
If average response is close to 36mm (=1/75rad),
proposed design method has good accuracy. The range
of maximum to minimum response is also demonstrated
in the figure.
In almost all cases, average of maximum response does
not exceed criteria (=1/75rad).
As for models without energy dissipation walls, larger α
than 1.0 seem necessary to prevent collapse. Even if α is
1.5, the response possibly exceeds 46mm (=1/60rad).
Therefore, it is difficult to prevent damage without
energy dissipation walls.

Pseudo damper
[8]
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Analysis

Behaviors of wooden frame, energy dissipation wall and
passively controlled wooden frame were discussed, and
seismic design method of passively controlled wooden
house was also proposed. While conventional wooden
structure is not likely to maintain original performance
after severe earthquake, the one provided with energy
dissipation walls are expected to protect the safety not
only in main shock but in aftershocks. The passively
controlled system can contribute to enhancement of
property-retention capability of wooden detached houses.
The authors are preparing for publishing design manual
for small buildings with passive control devices.

(b):Hysteresis loop under steady state condition
(1/120rad, 1.8Hz)
Figure 19: Analysis model of energy dissipation wall with
velocity-dependent damper [13]
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Figure 21: Response spectra of input motions

5.6 ANALYSIS RESULTS
Analysis results of maximum story drift are shown in
Figure 22. White symbols show average of maximum
response of models without energy dissipation walls, and
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DUCTILE CONNECTIONS FOR SEISMIC DESIGN OF TIMBER
STRUCTURES
Asif Iqbal1, Stefano Pampanin2, Andrew Buchanan3
ABSTRACT: Structural systems with ductile connections have been proposed for multi-storey timber buildings based
on research conducted at University of Canterbury, New Zealand over the last decade. The members are designed with
unbonded post-tensioning for recentering and energy dissipation through the mild steel elements. This paper describes
the general design procedure developed following extensive experimental and numerical investigations of
subassemblies. They all exhibited almost complete re-centering capacity and significant energy dissipation without any
structural damage. Numerical models were developed and calibrated by the experimental results to suggested values of
relevant parameters for applications in design.
A procedure to calculate moment capacities of the subassemblies were developed through section analyses. With
similar features and geometric configurations the different types of subassemblies can be calculated using the same
scheme with appropriate values for the connection interfaces for both post-tensioned-only and hybrid specimens and
can also be applied for both uni-directional and bi-directional loading conditions. The common section analysis and
moment capacity calculation procedure have been applied in a general design approach for subassemblies.
KEYWORDS: Prestressed Timber, Ductility, Connections, Seismic Design

1 INTRODUCTION 123
Significant research has been done over the last decade
on structural systems for multi-storey buildings with
engineered wood products. One of the major challenges
for this type of structures is seismic loading. New
Zealand, being located in a seismically active region, has
taken a leading role in development of innovative
solutions for timber structures. Over the last decade, a
new concept has been investigated and successfully
implemented in seismic design of timber buildings with
Laminated Veneer Lumber (LVL) [1, 2].

2 THE HYBRID CONCEPT
The concept uses post-tensioning (PT) and energy
dissipating elements to achieve moment-resistant
connections. The post-tensioning with unbonded tendons
ensures self-centering while mild steel elements provide
additional energy dissipation. The combination of the
two creates ductile connections with the “flag-shaped”
behaviour (Figure 1). During seismic events energy is
dissipated through yielding of mild steel during rocking
of the structural members either at the interface with
another member or at the foundation. Steel bars,
1
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designed to yield in tension and compression, have been
used as axial energy dissipaters at members interfaces
while structural panels such as shear walls have been
coupled with U-shaped Flexural Plates (UFPs) that yield
during relative movement of the panels. Solutions with
post-tensioning and no energy dissipation are called “PTonly” in this paper.
Self-centering

Energy dissipation
M

M



Unbonded posttensioned
bars/tendons

Hybrid system
M





Mild steel or
dissipative devices

Figure 1: “Flag-shaped” behaviour in a Hybrid connection

3 MOMENT-ROTATION
RELATIONSHIP
Presence of unbonded post-tensioning and energy
dissipaters allows for gap opening at a hybrid
connection. This means the strain in the concrete
becomes unknown in addition to the position of the
neutral axis. Strain compatibility thus does not apply at a
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section level. To address this issue,
compatibility relationship between the
been derived from an analogy (Figure
precast and a monolithic connection
Monolithic Beam Analogy or MBA [3].

a global strain
parameters has
2) between the
referred to as

In the monolithic cantilever the total displacement is
given by the sum of elastic deformation and plastic
rotation about the centroid of the plastic hinge. In case of
the precast beam, in addition to the elastic deformation,
there is an opening of a gap at the beam-column
interface due to imposed rigid rotation about a zerolength plastic hinge at the joint interface similar to the
monolithic beam.

Figure 2: The monolithic Beam Analogy [3]

For the same total imposed displacement, the elastic
deformations are the same in the two beams with
identical geometry and reinforcement. Then the plastic
deformations in the two beams can be equated and the
following relationship between concrete strain and
neutral axis position is derived:




  Lcant      c
c  
y


Lp 



L
L
  cant

p

2 



details for practical applications. Based on the
experimental results, numerical models are developed to
predict behaviour of the subassemblies. The calibrated
models also suggested values of relevant parameters for
applications in design.

5 SECTION ANALYSIS
A section analysis procedure to calculate the moment
capacities of the subassemblies was implemented using
the connection moduli suggested by the numerical
models.
The iterative procedure based on Monolithic Beam
Analogy was followed for section analysis for ultimate
limit state. The subassemblies were assumed to go
through rigid body motion during rocking at the interface
as it has been found that generally it would be
conservative in terms of moment capacities to ignore the
elastic deformations in the subassemblies. The additional
tension in the prestressing tendons due to elastic
deformations contribute to the moment capacity of the
overall system, so the moment capacity is slightly
underestimated if that is not accounted for in the final
calculations. But caution has to be exercised in checking
the prestressing tendon against yielding because will be
non-conservative to ignore the elastic deformations due
to additional stresses in the tendons. One way of taking
care that is to keep a safe margin of safety to prevent any
possible yielding of tendons and provisions for this
margin should be included in the calculations with a
reasonable estimate of the elastic deformations.
5.1 WALLS
Axial dissipaters were added to the PT-only double
walls. Two (one in either side) 8mm diameter dissipaters
were attached at the centre of each wall. The other
details remained the same. The arrangements are as
shown in Figure 3.
For Hybrid walls with axial energy dissipaters:
Elongation in energy dissipater,


l
 s   imp  w  c 

2

Strain in the dissipater,

4 TESING AND MODELLING
The research included individual and coupled walls,
columns and beam-column joints as well as columns
under out-of-plane loading. Extensive experimental
investigations provided necessary confirmation of
expected performance of these systems. In general, they
all exhibited almost complete re-centering capacity and
significant energy dissipation without any structural
damage under both quasi-static cyclic and pseudodynamic seismic testing protocols [4-7]. The different
configurations tested also demonstrated the flexibility in
design and possibilities for applications in practical
structures. The tests also provided valuable insights into

s 

s
l ub,d

To make sure the dissipater has yielded,

 s   y ,s 

fs
Es

For connection equilibrium:

C t  T pt  N  Ts

Where,

Tpt  Tpt ,i  Tpt   pt f y Apt   pt E pt Apt

And,

Ts  f y As
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The moment capacity


l

c

l

c

l

c 

M n   T pt  w  x pt    N  w    Ts  w  
3
 2 3 
 2 3
 2


The re-centering ratio,

M pt  M N
Ms

Yield strain of steel,

 y ,s 

fs
Es

To make sure the dissipater has yielded,
Tension steel:

 st   y , s
Compression steel:

 sc   y , s
Connection equilibrium condition:

C t  T pt  N  Ts  C s
Where,

Tpt  Tpt , i  Tpt   pt f y Apt   pt E pt Apt
And, In tension:
Figure 3: Details of Hybrid walls with axial dissipaters

5.2 COLUMN
As with the walls, the main difference with the PT-only
specimen is the presence of the axial dissipaters. In case
of column two axial dissipaters were placed on each side
parallel to the plane of loading, as shown in Figure 4.
For connection flexural capacity of Hybrid column:
Elongation in energy dissipaters,

Ts  f y As
In compression:

C s  f y As
The moment capacity


D

c

D

c



Tension steel:

 st   imp d  c 
Compression steel:

 sc   imp c  d '
Strain in the dissipater,

 st 

 st
l ub,d

 sc 

 sc
l ub,d

c

c



M n   T pt   x pt    N     Ts  d    C s   d ' 
3
3

3

 2 3
 2

Figure 4: Details of Hybrid column with dissipaters
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5.3 BEAM-COLUMN JOINT
Similar to walls and column, the Hybrid specimen is
different from the PT-only specimen because it includes
axial energy dissipaters. The exterior hybrid beamcolumn joint had two 22mm diameter axial dissipaters at
each face of the joint, in vertical planes parallel to the
plane of loading as shown in Figure 5.
For Hybrid beam-column joint:
Elongations in energy dissipater,
Tension steel:

 st   imp d  c 

Compression steel:

 sc   imp c  d '

Strain in the dissipaters,

 st 

 st
l ub,d

 sc 

 sc
l ub,d

Yield strain of steel,

 y ,s 

Figure 5: Flowchart for design of general Hybrid subassembly

6 MOMENT CAPACITY
The procedure for calculation of moment capacities the
three types of subassemblies has the same basic
characteristics and they are classified in a single group
and a general procedure applicable to all has been
developed.

fs
Es

To make sure the dissipater has yielded,
Tension steel:

Steps to Determine Moment Capacity of Generalized
PT-only Subassembly are:

 st   y , s

Compression steel:

1: A connection rotation,  imp imposed

 sc   y , s

2: Neutral axis, c guessed

Connection equilibrium conditions:

3: Member compatibility applied

C t  T pt  Ts  C s

Elongation of the tendon,

Where,


D
 pti   imp   c 

2

T pt  T pt ,is  T pt  0.5 f y A pt   pt E pt A pt

And,

Strain in the tendon,

In tension:

Ts  f y As

In compression:

h


c




 pt ,i   pt  0.9 y , pt

c

c





M n   T pt     Ts  d    C s   d ' 
2 3
3
3






Where,

 y , pt 

Moment capacity check:

M *  M n
M pt
The re-centering ratio,  
Ms

lub

To check the tendon is not yielding,

C s  f y As

Moment capacity,



n pt

 pt 

 pt ,i 
And

f s , pt
E s , pt

T pt ,i
A pt E s , pt

T pt ,i   pt f y , pt A pt
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Tension steel:

 st   imp d  c 

Compression steel:

 sc   imp c  d '

Strain in the dissipater,

 st 

 st
l ub,d

 sc 

 sc
l ub,d

Yield strain of steel,

 y ,s 

Figure 6: Configurations of the group of Hybrid subassemblies

Strain in the timber from Monolithic Beam Analogy:

  imp

 t   3
  dec c
 Lcant


To make sure the dissipater has yielded,
Tension steel:

 st   y , s

Compression steel:

 sc   y , s

And the decompression curvature,

 dec 

2T pt ,i  N 

Connection equilibrium condition:

E con BD 2

To check the timber is not yielding,

 y ,t

C t  T pt  Ts  C s  N

f
 c  t
Econ

Where,

Tpt  Tpt , i  Tpt   pt f y Apt   pt E pt Apt

4: The compressive force in the timber

And,

C t  0.5 t Econ cD

In tension:

5: Connection equilibrium condition is checked:

Ts  f y As

In compression:

C s  f y As

C t  T pt  N
Where,

Tpt  Tpt , i  Tpt   pt f y Apt   pt E pt Apt

If satisfied, step 7 followed, otherwise steps 2 to 5
repeated
7: The moment capacity evaluated:

D

c

D

c 

M n  M pt   T pt     N   
 2 3 
  2 3
The moment capacity is checked,

M *  M n

Similar steps are followed for Hybrid Subassemblies
with additional calculations for energy dissipating
elements. The steps to determine moment capacity of
Generalized Hybrid Subassembly are:
Elongation in energy dissipater,

The moment capacity:



6: Neutral axis updated and iterated



fs
Es

h

c

D

c



c

c



M n   T pt     N     Ts  d    C s   d ' 
3

3

 2 3
  2 3

7 DESIGN PROCEDURE
A procedure to calculate moment capacities of the
subassemblies were developed through section analyses
[8]. The features and geometric configurations the
different types of subassemblies are similar with the only
major difference in the connection interfaces (Figure 6).
With adoption of appropriate values representing the
corresponding connection interface and incorporation of
the details of geometry and configurations, moment
capacities of all the subassemblies can be calculated with
the same scheme. That is found to be true for both posttensioned-only and hybrid specimens and also applied
for both uni-directional and bi-directional loading
conditions. It is demonstrated that a common section
analysis and moment capacity calculation procedure can
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be applied in a general
subassemblies (Figure 7).

design

approach

for

General Design Procedure for Hybrid Subassembly:
Moment capacity re-centering elements (PT and N):

D c
M pt  T pt  N   
 2 3

Neutral axis location c can be known through trials.
Forces in energy dissipaters,
In tension:

Ts  f y As

In compression:

The structural systems with ductile connections indicate
excellent seismic performance, characterized by
negligible damage of the structural members and very
small residual deformations. The energy dissipation
elements can be easily removed and replaced after an
earthquake, allowing for major reduction in downtime.
The general moment capacity calculation procedure has
been shown to be applicable to a range of subassemblies
[9-11], which should help simplify the design process
considerably. Further research [12-20] has confirmed
that the concept has the potential to be an attractive
solution for seismic design of multi-storey timber
buildings.

SYMBOLS

C s  f y As

c
Depth of neutral axis
θ imp Imposed rotation at the rocking interface

Both Ts and Cs are independent of neutral axis location,
but they have to be included in the section equilibrium
check.

 pt

 pt

lub

Moment capacity of the energy dissipaters:

c

c

M s  Ts  d    C s   d '   Ts d  d '  C s d  d '
3
3





s
s
l'ub

Target Mn, 

Try NA location

Try Dissipater dimensions

Try PT details

Try number, locations

Check against tendons, timber yielding

Check for Dissipaters yielding

Check Section Equilibrium

Ts, Cs

OK?

Deformation in the post-tensioning tendons
Unbonded length of post-tensioning tendons
Strain in the mild steel or energy dissipaters
Deformation in the energy dissipaters
Unbonded length of energy dissipaters

Ts Tension force in energy dissipaters
Tpt
λ

M pt

Ms

MN

0
lw

Yes
Design Mpt

Design Ms

x pt

 pt,t
Check Design Mn, 
No

Strain in the post-tensioning tendons

C Total compression force
Cs Compression force in energy dissipaters

Target Mpt, Ms

No

8 CONCLUSION

OK?

No

Yes
Final Design

Figure 7: Flowchart for design of general Hybrid subassembly

Tension force in post-tensioning tendons
Re-centering ratio
Moment contribution from post-tensioning
Moment contribution from energy dissipaters
Moment contribution from axial load
Steel reinforcement over-strength used as minimum
value of re-centering ratio
Width of wall
Distance of tendon from the centre of wall

 pt,t

 pt,c

Strain in post-tensioning tendons in tension

Deformation in post-tensioning tendons in
tension

Strain in post-tensioning tendons in
compression

 pt,c

Deformation in post-tensioning tendons in
compression

WCTE 2016 e-book | 3472

 pt ,i
y
T pt ,i
Apt

E pt

 pt
t

Strain in post-tensioning tendon due to initial
prestressing
Yield strain in post-tensioning tendon
Initial tension in post-tensioning tendons
Area of post-tensioning tendons
Modulus of elasticity of post-tensioning tendons
Ratio of initial prestressing to yield stress of
tendons

Strain in timber extreme fibre
L cant Shear span of member

dec Decompression curvature
N Axial load on member
Econ

Modulus of elasticity of connection

b Width of member section
h Height of member section
fc

 y,t
Ct
As


Mn

Compressive stress of timber
Yield strain of timber
Compressive force in timber
Area of energy dissipaters
Reduction factor used in design
Nominal Moment (Capacity)

M * Moment demand
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Direct Displacement Design of Tall CLT Building with Deformable Diaphragms
Vahab Bolvardi1, Shiling Pei2, John W. van de Lindt3, James D. Dolan4

ABSTRACT: In order to cope with the speed of urbanization around the world especially in areas of high seismicity,
researchers and engineers have always been investigating cost-effective building systems with high seismic performance.
Cross Laminated Timber (CLT) is a wood based material that is suitable for tall building construction. However, the
current CLT system is prone to connection damage in strong earthquakes due to the vast majority of the system ductility
resides in connections. One solution is the concept of inter-story isolation to develop a potentially resilient system that
can remain damage free during strong earthquakes. A generalized displacement-based design method was developed to
design an inter-story isolation system for a tall wood building based on articulated damage expectations. A12-story CLT
building with one isolation layer was used to illustrate the proposed design method. The building performance was
validated through numerical simulation under different seismic hazard levels.
KEYWORDS: Cross Laminated Timber, Inter-story isolation, Direct displacement design, Resilient system

1 INTRODUCTION 567
With the current trend of urbanization in many countries,
there is a pressing need for increasing residential density
in urban regions. Tall buildings in the range of 10-20
stories are likely to see an increase in popularity in the
approaching decades. These buildings were traditionally
built with steel and concrete for the past 100 years.
Recently, a new wood-based construction material,
namely Cross Laminated Timber (CLT), provided another
material option to build tall buildings. CLT is an
engineered wood product that can be used for floor
diaphragms, roof panels, and walls in a building. CLT is
often called “mass timber” in order to differentiate it from
more conventional heavy timber construction. While
structural engineers are still in the early stages of building
high-rise structures with wood, most of the multi-story
CLT buildings currently built are in low seismic regions.
To date, the tallest wood building built with CLT is the
Forte building in Melbourne at 10 stories and also the
second one is Stadthaus building in London which was
constructed in 2009 at 9 stories (Figure 1).
Although CLT panels are significantly more robust than
light frame wood components (e.g., shear wall) such that
they can still see significant damage during strong
earthquakes, especially at the connections. Currently, the
1

Figure 1: 9-story CLT building in London, exterior finished
view of the building (Left) and interior structure view including
CLT shear walls and diaphragms (Right) [1].

understanding of CLT building seismic behaviour is still
quite limited. Pei et al. [2] summarized CLT seismic
research over the past 20 years and highlighted the
challenges in obtaining ductility in current CLT lateral
systems. This is mainly due to the fact that the CLT panel
itself is very rigid and the only source of ductility in
current CLT construction style is the deformation of the
connections. This characteristic makes it difficult to
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achieve high level of performance, such as resilience, in
regions with high seismicity. This study proposed an
alternative way to introduce ductility for tall CLT building
in high seismic regions while maintain resiliency of the
system. It is proposed to install laterally deformable CLT
diaphragms as weak shear layers along the height of the
building to handle deformation demands, a concept that
was used in earlier studies of inter-story isolation.
Seismic isolation is a reliable and effective approach for
mitigating building damage by installation of a flexible
interface that absorbs seismic energy. Isolation also
elongates the natural frequency of the system and reduces
force demands on other parts of the building. While
isolation systems are traditionally applied at the base
level, inter-story isolation was also considered by
researchers and engineers in the past, as it eliminate the
need for expensive foundation work. Ryan et al. [3]
conducted numerical analyses on nonlinear inter-story
isolation systems and evaluated the viability of inter-story
isolation with existing devices in the market. It was
concluded that isolation layer mitigates more force
demand on the top section but less on bottom section. In
addition, by moving isolation layer to the upper levels, it
leads to decrease the effectiveness of the isolation system
in the building. Examples of inter-story isolated buildings
can be found in 185 Berry Street in San Francisco, China
Basin [4] in which a set of two floors were added on top
of a three-story building using isolation system and also
in Japan where a 14-story building was constructed with
isolation system at the 9th story [5]. The design of interstory isolated building is certainly a subject of
performance based seismic design (PBSD) and need to be
conducted on a case-specific basis. To date, there has not
been a generalized PBSD approach that can be applied to
select and parameterize inter-story isolation systems for
tall buildings.
Direct Displacement-based Design (DDD) is a subset of
PBSD which was introduced firstly by Priestley [6] as an
alternative to full nonlinear time-history analysis of
concrete structures. Filiatrault and Folz [7] later adopted
this concept and developed a displacement-based design
procedure for light-framed wood structures [8]. This
method was then refined by Pang et al. [9] for designing
multi-story light-framed wood buildings, with a fullscaled experimental validation of the displacement
performance of this design approach [10]. Pang et al. [9]
later also developed a simplified version of the DDD
without considering higher mode effects. In this method,
the multi degree of freedom (MDOF) structure is
converted to an Equivalent Single Degree of Freedom
(ESDOF) system with the effective weight, height, and
stiffness calculated from the structural mass and stiffness
distributions. Capacity spectrum approach was used to
find design base shear coefficient and distribution of the
shear in each story in order to meet the predefined
displacement performances. This DDD approach was
later used by Pei et al. [11] to design an engineered CLT
building with traditional CLT shear walls. The advantage
of using DDD is that the designer can target a specific
deformation at different stories of the building, and

identify the stiffness and strength properties needed at
each story to achieve the displacement target. More
specifically, a design target point on the load-deformation
backbone curve will be identified through DDD. And the
physical system can be designed or selected to match or
exceed the design target point.
In this study, an alternative approach to introduce ductility
into tall CLT buildings in high seismic regions was
proposed. This approach involves design and installation
of laterally deformable CLT diaphragms as weak, but
controlled, shear layers along the height of the building to
accommodate seismic deformation demands in large
earthquakes. A generalized DDD procedure was
developed for CLT building with these inter-story isolated
systems. The procedure is based on specific displacement
limitation targets which are specified separately for the
building and the isolation system, because each will have
a different tolerance for deformation. The proposed
procedure was applied to the design of a twelve story CLT
building and the design was numerically validated
through nonlinear time history simulation using the
software program SAPWood [12].

2 METHODOLOGY
Most of the existing CLT buildings use metal hardware
brackets and plates to connect CLT walls to floor
diaphragms. Specifically, to connect the diaphragm of the
upper story to the wall below, a type of designed long selftapping wood screws (e.g., Simpson) was used (Figure 2).
Because the CLT panel does not have too much shear
deformation capacity, the performance and capacity of the
CLT shear wall are mainly controlled by the connection
strength and the wall aspect ratio. Pei et al. [13] developed
a simplified model for isolated CLT shear wall lateral
responses and calibrated the model to a series of walls
tested by FPInnovations [14]. The model was used to
estimate CLT shear wall ductility and the seismic design
parameters appropriate for lateral force design. It was
pointed out that in order to assure ductility, it is necessary
to maintain a limit on the length to height ratio of CLT
wall segments. For example, in order to use the
recommended seismic design factor proposed in Pei et al.,
[15] a long shear wall in a building floor plan should be
divided into shorter wall segments so that individual
segments can rock by themselves and develop ductility.
However, this is not economic from a construction stand
point as the installation of a single long panel is much
more cost-effective than installing multiple small panels.
Full scaled shaking table tests on CLT structures (Italy
and Japan), revealed that rigidly connected CLT building
with low height-to-length ratio panels can be damaged at
connections during large ground motion excitation and
produce large lateral accelerations. The main reason for
these undesired performances is to use rigid connections
between wall panels and floors.
On the other hand, the level of rigidity in CLT
constructions can give raise to another opportunity for
incorporating advanced seismic mitigation systems.
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Seismic isolation system has been often used to protect
brittle structures without enough ductility against lateral

this paper is an example of possible deformation targets
in real buildings.
Table 1: Design performance levels of CLT shear walls and
isolation system

Level
Seismic Hazard Level
L1 (IO)
L2 (LS)
L3 (CP)

Figure 2: CLT shear wall connection to the upper and lower
floors

forces. It will shift the displacement demands to the
isolation layer, lower the force transmitted to the system,
and reduce acceleration. One of the challenges in seismic
isolation system is the need for a rigid floor system, which
is not difficult to achieve for rigidly constructed CLT floor
diaphragms. The concept of inter-story isolation system is
much more interesting herein due to the modular nature
of CLT building, which means a “deformable floor”
system can be prefabricated in factory and be readily
installed into the multi-story CLT building on-site. The
key to design for isolated CLT building is to control the
displacement of the isolation layer, as well as controlling
the drift at the CLT stories. Therefore, the design
constraints in an isolated CLT building can be expressed
in term of displacement. This makes DDD procedure an
advantageous and suitable method to use. The details of
the proposed DDD approach and its validation via
numerical simulation are presented in the sections
follows.
With the isolation, the expectations for building
performance will higher than meeting life safety. The
design should strive for achieving resilience, which means
damage free or quick recovery performance under given
hazard level with certain non-exceedance (NE)
probability. Although the proposed procedure is
developed to work for an arbitrary performance target,
three performance objectives at different seismic hazard
levels, immediate occupancy (IO), life safety (LS), and
collapse prevention (CP), are used to illustrate the
process. Unlike traditional wood frame DDD procedure,
the performance limit for the isolation layer and regular
stories are different. Some values for performance
expectation levels were used in this study are listed in
Table 1. It is expected that the CLT stories will have little
damage under 1% drift, while the isolation layer’s
deformation limit without incurring damage is 10 inches.
Note that when the performance target is resilience, the
real limit for inter-story drift should be dictated by the
functionality of the building. These criteria can be
changed based on the non-structural system adopted, and
are a major constraint for the design. The criteria used in

Short Return
Period EQ
Design Basis
EQ
Maximum
Credible EQ

Performance Expectations
Regular
Isolation
NE
Story Drift
System
Probability
Limit
Drift Limit
0.5%

1 in

50%

1%

3 in

50%

2%

10 in

80%

3 Direct Displacement Design for InterStory Isolated CLT building
DDD of inter-story isolated CLT building consists of 6
main steps described below that will help identify
required stiffness and strength properties of the isolation
systems introduced earlier. This process starts with
selection of performance expectations in terms of
tolerable deformation levels for the isolation layers and
regular CLT stories and will end up with the obtaining of
backbone curve of the isolation layers that can be used as
the criteria to select and design the physical isolation
system. In order to represent the initial parts of the interstory isolation design procedure, a flowchart of simplified
DDD method for wood framing structure is illustrated in
Figure 3. This procedure was derived from earlier studies
done by Pang et al. [9] in which the DDD procedure was
used to achieve drift performance targets for multi-story
light frame wood buildings. It should be noted that some
of the details omitted here can be referenced in his other
published comprising regular DDD method of wood
structure design [17].
3.1 PERFORMANCE EXPECTATIONS AND
ADJUSTMENT FACTOR FOR TARGET
EXCEEDANCE PROBABILITY, CNE
According to the ASCE/SEI-7 (American Society of Civil
Engineers, 2010), the design spectra are defined for
median demand (50 percentile) for each hazard level. In
order to use a Non-Exceedance (NE) probability of interstory drift different than 50%, the design spectra values
are required to be adjusted upon the corresponding NE
probability. Therefore, assuming the adjustment factor
(CNE) is distributed log-normally with a median value of
1.0 and a logarithmic standard deviation, βR, which
determined 0.75 according to the ATC-63 study [9].
exp

ln 1

exp

1

where,
. is the inverse Cumulative Density
Function (CDF) of the standard normal distribution. For
example, the CNE factor for this study in Level 3 with 85%
NE probability is computed to be 2.18.
3.2 ADJUST DESIGN SPECTRA
If the target seismic hazard levels for the design are
different from the Design Basis Earthquake (DBE) and
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Maximum Credible Earthquake (MCE) levels from the
code specifications (ASCE 7-10), the spectra values need

available to the designers based on the architectural plan.
Then in case of CLT components properties, the nonisolation stories will be constructed using traditional
metal connectors. The stiffness and strength of such a
construction style can be calculated based on some earlier
work by Pei et al. [15]. A simplified model can then be
constructed to define an equivalent 3-DOF model for the
isolated building structure.

Figure 4: inserting isolation layer along a CLT building

This simplification requires modal analyses on both the
top and bottom segments of the building. The effective
mass and stiffness corresponding to the structure’s natural
frequencies can be found and enable each segment to be
converted to an equivalent single degree of freedom
(ESDOF). In this study, the following formula were used
to calculate the equivalent mass and stiffness:
∑
∑

ℎ

∆ℎ
∆

3

∆
∆

4

∑
∑
.

Figure 3: simplified DDD procedure flow chart

to be adjusted similarly as the drift limits. The adjustment
factor CNE will be calculated based on equation (1), then
the adjustment factor (CNE) is multiplied to each value of
design spectrum,
̅

2

where, ̅ and
are adjusted and unadjusted design
spectral values respectively and
is adjusting factor.
Note that depending on the hazard level, this factor is
likely to be different than the CNE factor used in step 3.1.
3.3 ASSUME AN ISOLATION LAYER
LOCATION AND GENERATE THE
EQUIVALENT 3-DOF SYSTEM
The location of the isolation system first need to be
assumed along the height of the CLT building (in current
study we consider the case only one isolation layer will be
installed). Once it is done, the isolation layer will
decouple the building into two stiff segments separated by
isolation system. A relatively accurate estimation of
seismic mass distribution of the building should be

5

where m, Δ and h are mass, displacement and height of
each story respectively.
3.4 NORMALIZE MODAL ANALYSIS FOR
SIMPLIFIED SYSTEM
The regular DDD procedure developed by Pang et al. [17]
is applied to the equivalent 3DOF system. This is an
iterative process that eventually will identify the required
equivalent stiffness of the isolation layer based on the
displacement requirements. Firstly, the natural
frequencies,
and mode shapes,
of the equivalent
3DOF system can be determined by solving the following
eigenvalue problem:
−

0

6

where K and M are the stiffness and mass matrices. The
mass matrix is a diagonal matrix consists of,
1
0
0

0
,

0

0
0
,

7
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where m is the total seismic mass for first floor,
is
,
the ratio of the top segment effective mass to the bottom
ones (floor mass) and
is the ratio of the isolation
,
layer mass to the first floor mass which assumed half of
the mass of below story of the MDOF before converting
to the ESDOF. Similarly, the stiffness matrix is obtained
in the same approach,
1
−

−

,
,

,

,

0

0

,

0
0

8

eig K, M

9

Next, the mode participation factor is computed as below,
,

,

Γ

,

,

10

Then, the effects of the mode shapes on inter story drift
limits is considered,
γ

−

Γ

,

3.6 IDENTIFY DESIGN POINTS
With the target deformation limits known as the
performance targets, the required period (Treq) can be
found using the drift spectra developed in Step 3.5. Then,
the required equivalent stiffness for isolation layer,
can be calculated using the following equation
[15],

,

where k is the bottom segment effective stiffness (firstfloor stiffness), , is the top segment stiffness ratio
(relative to the first floor) and , is the ratio of the
isolation layer stiffness to the bottom segment effective
stiffness which is assumed to be 5% of the above story
stiffness before conversion to the SDOF.
The natural vibration mode,
and natural frequency
parameter,
are computed using a MATLAB function
(eig(.)),
,

isolated stories can be determined based on preliminary
design (and later checked against performance targets).

11

Once
and
are computed, they can be used to
generate the design inter-story drift spectra using
modified acceleration design response spectrum.
3.5 Design Inter-story Drift Spectra

2

,

15

Once the required stiffness for isolation system is
determined, the design point, which is a point defined by
the target resistance value at the target displacement level,
will be obtained. This design point will guide the selection
of the physical isolation system that will have a backbone
curve exceeding the design point requirement.
Following the above steps, the isolation layer property
(stiffness, strength, ductility, or even the entire push over
backbone) will be obtained, then physical devices can be
selected to match the identified load resistance
characteristics. If the resulted properties cannot be
matched by a physical system, the designer will need to
iterate step 3.4 with a different stiffness ratio, or even
change the layer location.

4 EXAMPLE DESIGNS AND
NUMERICAL VALIDATION
4.1 EXAMPLE DESIGN
In this section, the proposed design steps were applied to
the design of a 12-story CLT building to achieve the
performance target outlined in Table 1. The building floor
plan is shown in Figure 5.

The design acceleration response spectrum can be
converted into a displacement response spectrum, Sd,
using the following [17],
12

2

Two different combination of inter-story factor (γjn) with
displacement response spectrum are then used to obtain
the total inter-story drift, ∆j (% of story height) for both
isolation system and regular stories, for each value of T.
∆
∆ %

γ
1

13
γ

2

14

Following equation 13 and 14, the inter-story drift spectra
can be populated for each story. In this case, the design
will be mostly focused on the isolation layer drift spectra
because the strength/stiffness properties of the non-

Figure 5: layout of the 12-story CLT building

4.1.1 Design performance levels
Three performance levels, immediate occupancy (IO), life
safety (LS) and collapse prevention (CP) are defined for
both regular stories and isolation system according to
Table 1. Note that in the CP level since the non-
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exceedance (NE) probability is greater than that of
defined in the ASCE 7-10 provision, it is adjusted
according to the Eq. (1).
4.1.2 Design Acceleration Spectrum
As mentioned earlier, it is assumed that this study is done
in Southern California and the soil site type is D and the
design spectral acceleration values for seismic hazard
Levels 1 through 3 are defined for 5% damping (Table 2).
In this section just the CP level (L3) has been evaluated
and results are obtained based on those assumptions.

13.40
39.52
56.87

997.54
997.54
454.84
0.574 × 10
0.683 × 10
0.562 × 10
∑
∑

Table 2: Design spectral acceleration values for 5% damping

41400222
18510.52

∆
∆

13.40 × 2236.58
Hazard
Level

Exceedance
Probability

Level 3
(MCE)

2%/50yrs
Adjusted

SDS
(g)
1.50
3.27

Spectral Acceleration
SD1
T0
(g)
(s)
0.90
0.12
1.96

TS
(s)
0.6

4.1.3 CLT Building Decoupling
In order to design isolation system, it is required to insert
a deformable diaphragm at a selected story. The 4th story
was used in this study as an example. Note that the
selection of the isolation story need to be changed if the
performance targets cannot be satisfied. After converting
the top and bottom segments to two equivalent single
degree of freedoms (ESDOF), an initial guess for the
stiffness of the isolation system was conducted to generate
a converted E3DOF comprising isolation layer between
the two segments (Figure 4). The mass of the isolation
system is set to be half of the floor mass and the stiffness
of the isolation system is assumed to be the 5% of the
equivalent linear stiffness of the CLT story above it.
In order to calculate the equivalent linear stiffness values
for the CLT stories, energy equivalency criteria was used
so that the nonlinear story response and the equivalent
linear system store equal amount of energy at the target
displacement. The energy stored in shear walls, ENL, at a
predefined displacement, , is equal to the area under the
nonlinear backbone curve.
16
The strain energy, Ek, stored in an equivalent linear
system is given by:
1
2

17

Equating the energy stored in the nonlinear system and the
strain energy of the linear system and solving for the
equivalent stiffness yields,
2

909.68
845.61
781.55
781.55
781.55
781.55
781.55
781.55
781.55

.
) of each segment
Moreover, the effective mass
have been calculated using Eq. (4) and then the effective
is computed using natural period of each
stiffness
segment (Eq. 5) as follow.

401.6 × 10
0.845
0.845
0.824
0.829
106 × 0.829
0.829
0.829
0.829
0.829

5.39
15.88
25.75
35.01
43.46
50.60
56.36
60.96
64.05

∑
∑

∆
∆

1529615879
271949.7

5.39 × 5624.63
909.68
2

2

5624.63

163.4 × 10
454.85

× 5%
0.845 × 10
42.25 × 10

× 0.05

4.1.4 Normalized Modal Analysis
Normalized modal analysis was performed on the 3DOF
model including bottom segment created from 3 lower
stories, isolation system in the middle and top segment
built up off upper 9 stories. This need to be done in both
horizontal directions, but as an example, the analysis was
conducted only for the longitudinal orientation of the floor
plan. The mass and stiffness matrices of this E3DOF are
shown below according to Eq. (7 and 8). Thereafter, by
solving eigenvalue problem using Eq. (9) the mode shapes
and normalized natural period
of each story was
computed.
1
2236.58 0
0
401.6 × 10

18

2236.58

1.105
−0.105
0

0
0.2
0

0
0
2.51

−0.105
0.512
−0.407

0
−0.407
0.407

For simplification, only the first mode of the 3DOF
system is considered for calculating the inter-story drift
spectra.
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4.1.5 Design Inter-Story Drift Spectra
The main purpose of this study is to find isolation layer
stiffness in which it meets predefined drift criteria. The
allowable drift for each hazard level is given in Table 1
(4.59 inches for CP level). Since the drift limit is known,
it is required to populate inter-story drift spectra by
multiplying the effect of the mode shapes (γ) to the design
displacement spectrum (Sd) and then plot it versus natural
period as shown in Figure 6 (Eq. 13). Then, by
intersecting the curve from specified drift (Y-axis) to the
time axis (X-axis), the required natural period (Treq) of the
isolation layer at any level is found, here CP level is
investigated. Considering the relationship between the
natural period and stiffness, also the fact that performed
modal analysis included normalized mass and stiffness of
the E3DOF, the required stiffness of the isolation layer is
computed according to the Eq. (15)

4.2 NUMERICAL VALIDATION
In order to validate the DDD approach proposed in this
study, a bilinear system was used in place of the identified
deformable diaphragm to provide a force-displacement
relationship that satisfies the design point obtained from
the generalized DDD procedure (Kreq= 49.7 × 10 lb/in).
An arbitrary yielding displacement Dy=0.3 (in) was used
for calculation of the initial stiffness. The bilinear system
backbone was shown in Figure 7.

0.0834
0.7691
0.1865

0.17

Figure 7: Design point with the upper story backbone curve

Drift Limit =4.59 in
Treq=0.4324 s

Figure 6: Inter-story drift of the isolation system
2
0.4324

× 2236.58 × 0.105

49.7 × 10

A numerical model for the 12-story CLT building with the
bilinear deformable diaphragm was built in a software
program SAPWood, using the same CLT building
modelling approach adopted in an earlier study by Pei et
al. [15]. The SAPWood program has the bilinear
hysteretic element built in [12]. The model was subjected
to a suite of earthquakes scaled to three hazard levels (the
ground motion suite and its scaling was adopted from the
ATC-63 project). Figures 8 through 10 show the isolation
system drifts under the suits of earthquakes as well as
maximum regular stories drift associated with the drift
limits of both systems at all 3 different hazard levels. Note
the design was governed by the CP level performance
target. It can be seen that the drift/deformation targets for
all hazard levels were satisfied using this design.

Once the required stiffness for the isolation system is
calculated, the design target point can be achieved by
multiplying the target displacement to the required
stiffness (see Figure 7). Note that the same process can be
conducted for other performance targets (level 1 and 2 or
IO and LS levels). In this example, the design point for
level 3 performance target (CP) will control the design.
Based on experiences in existing DDD literature, the
physical isolation system should have a push-over
backbone curve that pass over the target point closely.
There will be a variety of different systems and backbone
shapes that can satisfy this requirement. In this study, a
bilinear system was used to illustrate the design outcome
in the next section.
Figure 8: CDF of inter story drift of two systems at CP level
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Figure 9: CDF of inter story drift of two systems at LS level

Figure 10: CDF of inter story drift of two systems IO level

5 CONCLUSIONS
By applying the inter-story isolation concept and the
methodology of direct displacement design, a PBSD
method for designing deformable CLT floor diaphragm in
multi-story tall CLT buildings was proposed. A design
example of a 12-story CLT building with deformable
diaphragm was conducted to satisfy three displacement
based performance targets. The design was validated
numerically using nonlinear time history analysis with
ground motion suite inputs scaled to the target hazard
levels. The proposed PBSD methodology was shown to
be effective for controlling the deformation of both the
deformable diaphragm and the regular CLT stories.
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THE HEAVY TIMBER BUCKLING-RESTRAINED BRACED FRAME AS
A SOLUTION FOR COMMERCIAL BUILDINGS IN REGIONS OF HIGH
SEISMICITY
Hans-Erik Blomgren1, Jan-Peter Koppitz2, Abel Díaz Valdés3, and Eric Ko4
ABSTRACT: Timber building construction has been traditionally utilized to reduce inertial demands in high seismic
regions. Applications in the United States however, are often limited to low-rise buildings of light-wood construction
with distributed load bearing shear walls. Recent advancements in timber technologies are pushing mass timber systems
into larger commercial scale markets where steel and concrete systems dominate the landscape. In high seismic regions,
mass timber buildings currently lack code-defined lateral force resisting systems.
This paper presents a new lateral force resisting system concept, known as the Heavy Timber Buckling-Restrained Braced
Frame. The system is conceived, although not limited, for application in mid and high-rise building timber construction,
and is inspired by the unbonded steel brace technology today widely spread throughout Japan and the United States. In
order to qualify the system for future implementation in building codes, the paper presents results from proof-of-concept
component testing of a brace consisting of a steel core and a mechanically laminated glulam casing acting as the bucklingrestraint mechanism. As well, findings from a study for implementation at the building system level is provided in order
to assess overall system performance, constructability, and detailing.
KEYWORDS: Buckling-restrained brace, heavy timber, braced frames, ductility, seismic design, component testing

1 INTRODUCTION 123
Designing building code based multi-story commercial
buildings in seismic regions of the United States other
than light-wood framed multifamily housing inevitably
results in the selection of steel or concrete systems. This
is due in large part to the absence of codified timber lateral
systems that provide reasonable ductility and deformation
capacity. The Heavy Timber Buckling Restrained Braced
Frame (HT-BRBF) concept is a joint effort between
practitioners, researchers and manufacturers to take the
first steps to fill this gap at a system level to enable heavy
timber frame building construction in seismic regions.

Figure 1: Heavy Timber Braced Frame Component Exploded
View and Cross Section.

Before addressing the system level performance, a
reliable ductile brace component capable of resisting
multiple cycles of seismic loading is needed. For this
purpose a Heavy Timber Buckling Restrained Brace (HTBRB) has been developed which follows the concept of
the unbonded brace widely used in the steel industry as
well as the design philosophy based on a yielding “fuse”
1
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2
Jan-Peter Koppitz, Arup USA, jan-peter.koppitz@arup.com

3
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Abel Díaz Valdés, Arup USA, abel.diaz@arup.com
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connected to elastic capacity-protected components. The
HT-BRB consists of three basic components: a steel core
that sustains axial inelastic deformations in tension and
compression, a split glulam casing providing buckling
restraint, and a debonded interface (air gap) between the
casing and core plate that allows for relative movement of
the components along the axis of the brace. The assembly
is mechanically fastened together with fully threaded high
tensile strength screws. Figure 1 shows an exploded view
and cross section of the brace component assembly.

When properly designed, the brace exhibits a desirable
hysteretic load deformation curve under a defined test
load protocol as shown in Figure 3. A hallmark of this
system is that very large ductility demands exceeding 15x
the initial yield deformation (15·∆Fy) under multiple load
cycles are readily achievable which in part justifies its
advantageous code defined design factors (L. Fahnestock
[3]). See Section 4.3.3 for a summary of the testing
acceptance criteria for BRBs found in the current United
States building code.

2 BUCKLING-RESTRAINED BRACE
GENERAL DESIGN PRINCIPLES
The principles of the conventional buckling-restrained
brace (BRB) are well understood having been invented in
Japan over 25 years ago. The first application in the
United States occurred in 2000 (E. Ko [1]) with building
code adoption soon following in 2005. These principles
are applicable for both conventional BRBs and the
proposed HT-BRB. The brace is comprised of a ductile
steel plate core that is restrained from buckling in the
compression cycle of loading. In the case of a
conventional BRB, the buckling restraint is provided by a
grout-filled steel casing that is debonded from the core
plate. This results in a tension/compression brace that
exhibits a nearly symmetric and stable load-deformation
hysteretic energy dissipation behaviour. The design of the
brace component must consider several failure modes,
including;
1) Global buckling
2) Local (higher mode) buckling
3) End connection rotation instability
Figure 2 provides a visual representation of the primary
buckling failure modes and resulting internal forces.

Figure 2: Diagrams of BRB component buckling failure modes
(Source: C. Chou [2]).

Figure 3: Representative hysteretic curve for a BRB test
specimen (Source: C. Chou [2]).

3 TIMBER BRACED FRAMES –
EXISTING PRECEDENTS
Given the motivation of this research, the existing
precedents for conventional timber braced frames and
their performance is briefly presented to create a baseline
to compare the HT-BRB peformance against. Figure 4
shows an example of a representative timber braced frame
in the United States where the diagonal brace is connected
to the beam and column via external steel plates and
through-bolts. Although relatively rare, precedents for
timber braced frames can be found in the United States
because they were defined in the building code up to the
1997 Uniform Building Code. It is of note that Canada’s
current building code recognizes timber braced frames as
a moderately ductile system suitable for buildings up to
65ft (20m) tall in high seismic regions.
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the localized timber crushing occurring at the bolt
bearing points.
2) The maximum connection force is attained at
approximately 0.15in (3.8mm) deformation on both
the tension and compression cycle.
3) The maximum deformation at onset of failure is
approximately 0.45in (11mm).
4) After the peak force is attained, there is a pronounced
degradation of strength (negative slope to the
backbone curve) at increasing deformations.
Based on these observations the following general
conclusions about the connection and overall brace
performance can be made:

Figure 4: Photograph of a timber braced frame with through
bolted end connections. Connection photo shown inset at
bottom left.

The United States building code provides design
procedures for proportioning timber dowel connections
such as the axially loaded brace end connections. A
measure of ductility is provided by specifying a suitably
slender bolt diameter for the given length between the
steel side plates. The resulting connection failure mode
allows the bolts to deform in flexure as they plow through
and permanently crush the wood at the localized
timber/bolt bearing points. When utilized in a cyclically
loaded tension/compression brace application, the
characteristic hysteretic load deformation behaviour is
shown in Figure 5.

Figure 5: Hysteretic axial load deformation curve of a timber
brace end connection with 9.5mm diameter bolts, side plates,
and through bolts as shown inset at bottom right (Source:
Popovski [4]).

Key observations of this hysteretic plot are as follows:
1) Through the zero displacement axis the brace exhibits
low stiffness and strength (i.e. pinching effect) due to

1) Flexural yielding of the bolts provides a measure of
ductility to an otherwise brittle system, but in so
doing the brace’s overall axial stiffness and strength
compared to its gross section properties is
compromised.
2) Localized damage of the wood at bolt bearing points
significantly reduces the stiffness and strength of the
connection as deformations increase. This results in
a ‘pinched’ hysteretic loop that significantly limits
the connection’s energy dissipation.
3) The axial deformations at which the connections
maximum strength and ultimate strength are attained
is relatively small.

4 HT-BRB COMPONENT TESTING
The HT-BRB component testing included the design,
manufacturing, and full-scale testing of three unique
specimens. A 100k (448kN) yield capacity for each
specimen was selected as it represents the size of a midstory brace for the archetype building studied and
discussed in Section 5. Based on the requirements of the
testing frame each specimen’s pin-to-pin length was set at
16ft 11in (5.16m).
4.1 SPECIMEN DESIGN METHODOLOGY
At the onset of design a literature review of available
design methods suitable for BRB components occurred.
Available design resources were found to be limited even
though BRBF system design methods are readily
available to the practitioner in the United States building
code. The limited availability of component brace design
methods arises from the fact that the BRB is considered a
product that is performance specified by the design
practitioner and engineered by a specialist contractor that
often holds proprietary rights to their manufacturing
methods. The building code requires BRBs to be certified
by the manufacturer via full-scale testing thus making a
codified design method non-essential.
Since the HT-BRB is a new concept and the available
funding was limited to testing three specimens it was
essential to develop a design method so the braces could
be proportioned and specified with a high confidence
level of having successful tests. The Pacific Earthquake
Engineering Research Center Report PEER 2002-08 [5]
was a valuable document in this regard as it provides
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generalized derivations for the required strength and
stiffness of the buckling-restraint mechanisms.
Certain aspects of the fabrication process were specified
in detail as they were deemed critical to the specimen
performance during testing. These included:
1) Core plate groove in glulam: The shape, width, and
depth of the groove in each section of the glulam
casing that houses the core plate required a tight
control on tolerances. To achieve this, the glulam
specimens were fabricated on a five-axis CNC mill
that achieved a tolerance of 0.04in (1mm) in both
depth and width of groove. The moisture content of
the wood was controlled during fabrication and
transport to ensure the risk of appreciable
dimensional changes was mitigated.
2) Steel core plate surface roughness: The core plate is
cut to its profiled shape using a CNC plasma cutter.
The cut core plate has to be free of notches and
defects, and within the yielding core length have a
surface roughness not-to-exceed 1000µin (25.4µ).
3) Steel core plate yield strength: The steel core plate
was specified as ASTM A 36 steel which has lower
bound yield and tensile strengths of 36ksi (248MPa)
and 58ksi (400MPa), respectively. The ASTM
standard does not have a required upper bound limit
on these strengths. The HT-BRB specification
requires the heat of steel from which the core plate is
cut to be limited in range for yield and tensile
strengths between 40-44ksi (275-303MPa) and 5872ksi (400-496MPa), respectively. These values are
required to be verified by coupon testing.
4) Brace adjusted strength: The maximum forces that
the brace can develop in the overall BRBF system are
verified from test results yet need to be accounted for
in the system design prior to being validated by
testing. The two adjustment factors for the brace
strength are:

The general equation for the maximum adjusted
brace strength used for brace and system components
outside of the yielded core is as follows:
(

)

=

∙

∙

∙

For the 100k (448kN) HT-BRB brace specimens the
adjusted brace strength for design purposes was
calculated to be 121k (538kN) by assuming:
ω = 1.10
β = 1.10
Asc = 2.4in2 (1548mm2)
Fysc = 42ksi (290MPa)
4.2 SPECIMEN FABRICATION
At the completion of the component design phase,
construction drawings and specifications for each
specimen were provided to the HT-BRB manufacturer.
To aid the understanding of brace performance and the
governing failure modes, each of the three specimens was
designed with modest differences in their construction.
These differences included:
1) Changing the quantity and spacing of the screws that
mechanically laminate the brace assembly together.
2) Changing the gross cross section of the glulam timber
casing to resist global buckling.
3) Changing the means of restraining the steel core plate
at the unbonded internal interfaces to resist higher
mode buckling.
Final assembly of the specimens consisted of
mechanically laminating the glulam and steel core plate
assembly together with 3/8in (9.5mm) diameter fully
threaded high tensile strength screws.
4.3 SPECIMEN TESTING

β = Compression-strength adjustment factor
ω = Strain hardening adjustment factor

Upon completion of fabrication and assembly each
specimen was transported to the testing facility at the
University of Utah Civil and Environmental Engineering
Department located in Salt Lake City Utah.

These factors are mathematically represented as
follows:

4.3.1 TESTING APPARATUS

β=
ω=
Where

P
T
T

F

∙ A

Tmax = maximum force (from testing) within
deformations corresponding to two times the design
story drift
Pmax = measured maximum compression force (from
testing)
Asc = cross-sectional area of the yielding core
Fysc = yield strength of the steel core (from testing)

The testing facility has a permanent test frame and
actuator designed specifically for BRB testing. The
specimen is oriented vertically within the frame with the
actuator located at the top end. The actuator has an axial
load capacity of 2,000k and 1,400k in compression and
tension, respectively. For these tests the specimen was
instrumented to measure the change in pin-to-pin end
connection distance of the brace directly by using a Linear
Variable Differential Transformer (LVDT).
The
corresponding axial load was measured directly from the
actuator load cell. In addition, the relative movement of
each end of the timber casing and the adjacent supporting
gusset plate was measured with separate LVDTs. See
Figure 6 for photographs of the test frame and specimen.
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the HT-BRB specimen is oriented at a 45 degree angle
within the braced frame as shown in Figure 7.

Figure 6: Photographs of test frame and HT-BRB specimen.

4.3.2 LOADING PROTOCOL
To help justify this proof-of-concept research project it
was decided to base the loading protocol for the HT-BRB
specimens on the requirements found in ASCE 341
Section K3 Cyclic Tests for Qualification of BucklingRestrained Braces [6] as shown in Table 1.
Table 1: AISC 341 Section K3 Loading Protocol

Step
1
2
3
4
5
6

Cycles
2
2
2
2
2
(1)

Deformation (∆
∆b)
∆by
0.5·∆bm
1.0·∆bm
1.5·∆bm
2.0·∆bm
1.5·∆bm

Notes: (1) Additional cycles as required to achieve a CID of at
least 200 times the yield deformation.
where:
∆by = deformation quantity at first significant yield of the test
specimen
∆bm = deformation quantity corresponding to the design
(inelastic) story drift

The load protocol requires each tested braced to achieve
ductility corresponding to two times the design story drift
and a minimum cumulative inelastic axial ductility
capacity (CID) of 200 times the yield displacement. Both
of these requirements are based on research studies in
which a series of nonlinear dynamic analyses were
conducted on model buildings. The ductility capacity
requirement represents a mean of the maximum response
values while the expected brace deformations represents
the mean of the maximum story response for ground
motions having a 10% chance of exceedance in 50yrs (R.
Sabelli [7]).
This paper focuses on the test results for Specimen B,
which met the acceptance criteria defined in Section 4.3.3.
For Specimen B, the loading protocol was calculated
based on a ∆L = 2.0·∆bm maximum axial brace
deformation that equates to a 2% design story drift when

Figure 7: Braced frame elevation depicting the brace
deformation ∆L = 2.36in (60mm) corresponding to a 2% design
story drift.

Based on these assumptions the loading protocol specific
to Specimen B is summarized in Table 2.
Table 2: Specimen B Loading Protocol

Step
Cycles
∆b (in)
∆
∆step
(in)
Core
Strain
(%)

1
2
0.35

2
2
0.59

3
2
1.18

4
2
1.77

5
2
2.36

6
10
1.77

2.80

4.72

9.44

14.16

18.88

141.6

0.21

0.37

0.76

1.16

1.55

1.16

4.3.3 ACCEPTANCE CRITERIA
In conjunction with the loading protocol discussed in
Section 4.3.2, the AISC 341 BRB qualification provisions
are used to define the test acceptance criteria summarized
as follows:
1) The hysteretic behaviour shall display no post-yield
loss of strength, degradation, or pinching.
2) Fracture of any portion of the HT-BRB steel core
plate shall not occur.
3) A minimum CID value of 200 shall be attained.
4) The compression strength adjustment factor (β) at a
deformation equal to 2.0·∆bm shall be no greater than
1.10.
4.3.4 TEST RESULTS
After each test the specimen was removed from the frame
and disassembled by removing the mechanical laminating
screws allowing any interior failure modes to be directly
observed. Figure 8 provides two photos taken after testing
for Specimens A and B. Specimen A did not meet the
testing acceptance criteria as a result of the readily visible
higher mode core plate buckling that occurred as a result
of insufficient compression cycle restraint by the timber
casing. Specimen B did meet the testing acceptance
criteria. As the photo shows the higher mode buckling
was suppressed.
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Step 4

Step 5

Figure 8: Photos of Specimen A (left) and Specimen B (right)
taken during observations after testing and disassembly.

Specimen B met the acceptance criteria for qualification
testing per the requirements of AISC 341 Section K3. The
progressive hysteretic load deformation curve plots are
provided in Figure 9 at steps noted.
Step 2

Step 3

Figure 9: Specimen B hysteretic load deformation curves
depicting the sequential progression of axial deformations from
Steps 2 through 5. (Note: The deformation offset at each
transition through the zero force horizontal axis is a result of
pin-slip at the end connections to the frame gusset plates.)

As Figure 9 shows, Specimen B exhibited a stable
symmetric hysteresis curve throughout the test. Upon
completion of Step 6, the core plate did not facture and
the effect of strain hardening at increasing deformation
steps is clearly evident in the plots. At the end of Step 5,
the adjusted brace capacity very nearly matched the 121k
(538kN) value assumed during the design phase. The
compression adjusted factor β proved to be small (less
than 1.10). The minimum CID value of 200 was attained
during the 2nd cycle of Step 6. Upon completion of the
test, which totalled 18 full cycles beyond the braces elastic
yield deformation, the CID value exceeded 300.

5 HT-BRBF SYSTEM LEVEL STUDY
The HT-BRB component testing discussed throughout
Section 4 has been investigated within the context of an
analytical study of an archetype 12-story building that
utilizes a Heavy-Timber Braced Frame (HT-BRBF)
lateral force resisting system. The objective of this study
is to evaluate the seismic and wind performance of the
building using design factors that are aligned with the
building code defined buckling-restrained braced frame
(BRBF) system.
5.1 ARCHETYPE BUILDING DESCRIPTION
The archetype building is assumed to be a full timber
structural solution comprised of a cross-laminated timber
floor and glulam beam and column gravity system
stabilized by the HT-BRBF in a multi-story x-brace
configuration as shown in Figure 10. The building height
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is 147ft (45m) with plan dimensions of 74ft (22.5m) x
100ft (30.5m).

SDC = Seismic design category

β = Perecent damping for design response spectrum curve

R = Response modification coefficient
Cd = Deflection amplification factor
Ω0 = Overstrength factor
W = Building seismic weight
Cs = Seismic response coefficient
V = Seismic base shear (V = Cs x W)

Using ASCE 7 seismic provisions the design (10% in 50yr
exceedance) response spectrum curve is presented in
Figure 11. Points on the curve for the building’s 1st and
2nd periods from the analysis model and the code
calculated 1st period are shown.

Figure 10: Elevation view, plan view, and 3D rending of
archetype 12-story building.

Figure 11: Elastic design response spectrum curve per ASCE
7.

5.2 DESIGN ASSUMPTIONS

5.3 ANALYSIS RESULTS
At a system level, the model of the archetype building
exhibited a building response with typical dynamic
characteristics for a system of its height. The fundamental
mode shapes and mass participation for the first two
periods of vibration are shown in Figure 12.

The design values and performance factors for the HTBRBF have been chosen to align with the steel framed
BRBF system defined in ASCE 7 Minimum design loads
for building and other structures [8] and AISC 341. The
assumed building site is Portland, Oregon which is
located in a region of high seismicity. The seismic
analysis was performed using a linear response spectrum
procedure. Table 4 provides a summary of the seismic
design values used.
Table 4: Seismic design value assumptions based on ASCE 7

Site Class
SDS
S1

C
0.66
0.39

R
Cd
Ωo

Ie

1.0

W

SDC

D

Cs

β

5%

V

6(1)
5
2.5
6,247k
(27,786kN)
0.055
290k
(1,290kN)

Notes: (1)The response modification coefficient has been
conservatively set to 6 for the study. The steel frame BRB system
defined in ASCE 7 sets R = 8.
where:
Site Class = site soil properties
SDS = Design spectral response acceleration at short periods
S1 = Design spectral response acceleration at 1s
Ie = Seismic importance factor

Figure 12: Analysis model modal response shapes, vibration
periods, and mass participation values.
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5.3.1 HT-BRB MEMBER SIZING
The HT-BRBF system is proportioned for seismic loads
through an iterative design process. The size of the HTBRB members are increased in three steps (four story
increments) to adequately envelope the scattered array of
maximum brace demands determined from the analysis.
Figure 13 graphically presents the maximum HT-BRB
demands at each floor, with the design capacities
indicated by the vertical blue lines. The design capacities
are 65k (289kN), 89k (396kN), and 135k (600kN).

this adjustment factor increases the timber design stress
by 60%.
5.3.3 STORY DRIFTS
Building inter-story drifts under wind and seismic loads
are also a key design limit state to consider. Figure 14
shows that drifts due to wind, with an acceptance criteria
of H/500, are satisfied while the design seismic drifts are
well within the acceptance criteria of H/50, where H
equals the story height under consideration.

Figure 14: Story drifts under design wind and seismic loads
Figure 13: HT-BRB demands and capacities per story.

5.3.4 WIND ACCELERATION EVALUATION

5.3.2 FRAME MEMBER SIZING

The advent of taller wood buildings has advanced a new
building type towards a scale and form that lacks
precedent. An unknown performance factor for these
buildings is the serviceability limit state of occupant
comfort due to wind-induced accelerations. This subject
is well understood for high-rise steel and concrete
buildings that generally have long building periods,
heavy mass, and are approximately 30 or more stories
tall. By comparison, tall timber buildings are
substantially lighter structures comprised of relatively
flexible lateral system materials. As well, there is little
historic measured data on their damping properties.

In concert with the diagonal HT-BRB member sizing, the
HT-BRBF beam and column member sizes were
determined through an iterative design process. As a
requirement of AISC 341, these frame members are
required to be proportioned to remain elastic under design
seismic demands to ensure the diagonal braces in the
system are where the nonlinear response occurs. This is a
fundamental principle of the capacity-based seismic
design philosophy. To achieve this, the prescriptive
building code requires the columns to be sized assuming
the maximum adjusted brace strengths above the level
under consideration are applied to the column line
concurrently so the demands are directly additive.
For taller buildings such as the archetype for this study,
the additive effect results in large axial demands towards
the base of the building. To reduce this, a nonlinear
response history analysis procedure is required which
explicitly accounts for the maximum demands that can be
delivered to the columns on a time-step analysis basis.
Such an analysis is beyond the scope of this study. Using
the conservative prescriptive building code provisions the
HT-BRBF glulam columns at the base of the building are
sized to be 24in x 24in (610mm x 610mm). Midway up
the building the columns are reduced in size to 18in x 18in
(457mm x 457mm) corresponding to the reduced
demands. It is of note that the column sizing benefits from
utilizing the building code defined short-term load
adjustment factor for timber resisting seismic loads.
Using the allowable stress design methodology in the
National Design Specification for Wood Construction [9],

The recently completed 14-story timber braced frame
residential tower in Bergen, Norway underwent a
detailed wind induced vibration assessment during
design (M. Bjertnæs [10]). Referencing this work and
the in-situ measurements of existing tall wood buildings
by T. Reynolds [11] a wind acceleration assessment for
the archetype building was made using calculation
methods developed by Arup. The assessment was made
for the 1yr mean recurrence interval wind event
acceptance criteria found in ISO 10137 Bases for design
of structures – Serviceability of buildings and walkways
against vibrations [12].
Provided there are uncertainties in the actual dynamic
characteristics and damping of the building, the study
bounded the problem by assuming damping ranged
between 1.5% and 3%, while the building period ranged
between 1.5s and 2.0s. Figure 15 presents the calculated
results against the ISO 10137 acceptance criteria. This
preliminary study indicate that the wind acceleration
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acceptance criteria may be exceeded if the damping is
approximately 3.0% or less.

Figure 15 ISO 10137 Occupant comfort wind acceleration
graph with the results from the archetype building calculated
plotted at 2s and 1.5s at the various damping values shown.

5.4 CONNECTION DETAILS
To achieve an efficient and constructible HT-BRBF
system which is based on a capacity based performance
philosophy appropriate connection detailing is essential.
The critical connections to consider include:
1)
2)
3)
4)
5)

Column to beam joint
Diagonal brace gusset plate to beam/column joint
Column splices
Floor collector (diaphragm) connections
Column anchorage to supporting foundation

As discussed, the HT-BRBF members and their
connections, excluding the ductile “fuse” HT-BRBs, are
proportioned to remain essentially elastic during a seismic
event. Figure 16 provides two conceptual level HTBRBF details at the diagonal brace gusset plate
connection to the beam and column frame members.

Key HT-BRBF connection performance requirements
include:
1) Strength: Connections must resist the maximum
adjusted brace forces that can be delivered by the
system. This requires high strength connection types
to be utilized.
2) Stiffness: To efficiently meet overall system
performance requirements such as lateral drift,
connections with high stiffness properties are
desirable.
3) Deformation Compatibility: During a seismic event
inelastic interstory drifts are expected which can
impose large rotation demands on the lateral frame
and non-participating (gravity) frame. The function
and load carrying capacity of the connections at these
rotations must be maintained. This topic is well
researched for conventional steel BRB frames (K.
Palmer [13], J. Newell [14]). HT-BRBF connections
are required to meet these same performance
objectives.

6 CONCLUSIONS
This paper presents the findings from full scale testing of
an innovative HT-BRB component utilizing a timber
casing as the buckling-restraint mechanism.
The
specimen presented was successfully tested using the
loading protocol and acceptance criteria for the existing
code defined buckling-restrained brace utilized in steel
construction.
Based on these test results, a comparison of performance
between the conventional timber brace described in
Section 3 and the HT-BRB can begin to be made.
Observations of note include:
1.

2.

Figure 16 Conceptual level details for the HT-BRBF beams,
columns, and gusset plates.

3.

The HT-BRB exhibits higher axial load and stiffness
capabilities. The dowel bending mechanism of the
conventional brace end connections sacrifice strength
and stiffness to achieve the necessary system
ductility.
The HT-BRB exhibits excellent stable axial
deformation capacities in both the compression and
tension cycle.
As shown in Figure 5, the
conventional timber brace with a connection each end
is estimated to have a deformation at peak strength
and ultimate strength of 0.27in (7mm) and 0.86in
(22mm), respectively. The HT-BRB attained a
maximum deformation in the load protocol of 2.36in
(60mm). Although this comparison is limited, it is
generally concluded that the HT-BRB has
significantly better deformation capabilities making
it possible to attain building frame interstory drifts
greater than 2%.
The shape and large area within the curve of the HTBRB hysteresis loop shown in Figure 9 clearly
indicates significantly greater total energy dissipation
characteristics compared to that of the conventional
timber brace shown in Figure 5.
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The Heavy Timber Buckling-Restrained Braced Frame
research project presented in this paper shows the
successful first steps towards codification of a new mass
timber lateral system that will allow full-timber
commercial multi-story building solutions in regions of
high seismicity.
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STRUCTURAL POSSIBILITY OF CLT PANEL CONSTRUCTIONS IN
HIGH SEISMIC AREA
Tatsuya Miyake1, Motoi Yasumura2, Naohito Kawai3, Hiroshi Isoda4, Mikio Koshihara5,
Takahiro Tsuchimoto6, Yasuhiro Araki7, Takafumi Nakagawa8
ABSTRACT: Structural possibility of CLT (Cross Laminated Timber) buildings in Japan is supposed to be smaller
than that in other countries because of high seismic risk. In this paper, dealing 2 kind of middle-rise CLT panel
construction method as objectives, the required wall quantity from the structural design method ruled in the building
standard low of Japan is examined based on the knowledge from the national research project carrying out by the
subsidy of MLIT (Ministry of Land, Infrastructure, Transport and Tourism) of Japan since 2011, and on the Japanese
government notifications on structural design of CLT buildings issued on Apr. 1, 2016. As result, the required wall
quantity in construction methods using rectangular narrow panel is generally regarded as practicable. However,
reduction of wall quantity is expected for prevalence of CLT buildings. On the other hand, in construction methods
using large rectangular panels with opening(s), the required wall quantity is confirmed generally 1.6 times larger than
the former indicating poor practicability.

KEYWORDS: CLT panel, Seismic design, Ultimate seismic performance, Required wall quantity

1 INTRODUCTION 123
CLT panel is expected as suitable material for middle
rise buildings also in Japan. The national research
project to develop structural design method for CLT
buildings is carrying out by the subsidy of MLIT of
Japan since 2011. As a part of the project, shake table
test of five story specimen A and three story specimen B
as shown in Figure 1 was executed in February 2015.
Japanese government notifications on the structural
design of CLT constructions was issued on Apr. 1, 2016
based on the results from this project and so on.
However, structural possibility of CLT buildings in
Japan is supposed to be smaller than that in other
countries because of high seismic risk.
In this paper, based on the knowledge from the project
and the regulations of the government notifications,

dealing 2 kind of CLT panel construction methods using
rectangular narrow panel (“NP” in followings) applied to
specimen A and using large width panel with rectangular
opening (“LP” in followings) applied to specimen B as
objectives, the required wall quantity, Lreq based on
their seismic performance estimated from Calculation of
response and limit strength (“CRLS” in the followings)
ruled in Japanese building standard law (“BSL” in the
followings) is examined.
A

B
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Figure 1: Whole view of specimen A and B

2 STRUCTURAL DESIGN METHOD
2.1 GENERAL METHOD OF CRLS
In several structural design methods ruled in BSL, CRLS
examines directly the ultimate horizontal strength of
structure in the prescribed large earthquake.
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Figure 2: Process of CRLS

Figure 3: S a - S d relation of the large earthquake

In CRLS, as Equation (1), (2), and as shown in Figure 2,
relations of horizontal load and displacement of each
story from static load incremental analysis are converted
into the relation of acceleration, A and displacement,  of
the equivalent single degree of freedom (“ESDOF” in
followings) as the capacity curve.

consider response reduction effect by damping.
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where mi = mass of i floor, d i = horizontal displacement
from foundation of i floor.
The relation of acceleration response spectrum, S a and
displacement response spectrum, S d is calculated as the
demand curve. S a - S d relation of the large earthquake on
2nd class of soil when heq = 0.05 is set as shown in figure
3. For the large earthquake, S a - S d relation shown in
Figure 3 are multiplied by Fh shown in Equation (3) to
tensile connection
shear connection

Fh =

1 .5
1 + 10heq

where heq = equivalent damping factor of ESDOF.
For the moderate earthquake, S a - S d relation is obtained
as 0.2 times of that shown in Figure 3.
A and  corresponding to the maximum response are
obtained as intersection of the capacity and the demand
curves. The maximum responses from the moderate
earthquake and from the large earthquake are examined
to satisfy the design criteria set as below.
Level 1: For the moderate earthquake,
- Stress of CLT panels ≦ Allowable stress
- Force of connections ≦ Allowable strength
- Story drift angle ≦ 1/120
Level 2: For the large earthquake,
- Stress of CLT panels ≦ Standard strength
- Deformation of connections ≦ Ultimate deformation
- Story drift angle ≦ 1/30
tensile spring

shear panel

Lo

Lw

cross wall

(a) Vertical plane with NP
Figure 4: Composition of frame model

compressive spring

tensile-compressive spring

beam
element

Lw

(3)

Lw

Lo

Lw

(b) Vertical plane with LP

shear spring
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2.2 STRUCTURAL MODELS
As the structural model used for the static load
incremental analysis, FE (Finite Element) model where
CLT panels and connections are converted into plane
shell elements and spring elements, have been confirmed
to have enough precision from comparative analyses
with results of past shake table tests. However, FE model
requires enough knowledge on modelling theory because
the maximum stress of shell elements depends on
division of elements, for example. On this point, the
frame model shown in Figure 4 where CLT panels are
converted into shear panels and beam elements is more
practical structural model for ordinary structural design.
In the followings, the frame model is applied as the
structural model for the static load incremental analysis.

(a) Specimen A

3 VERIFICATION OF STRUCTURAL
MODELS

ai =

3.1 METHOD OF VARIFICATION
The results of static load incremental analyses using 3
dimensional frame models shown in Figure 5
corresponding to specimen A and B were compared with
test results to verify the precision of the frame models.
In analysis, weight of floor, roof and wall was loaded on
each node as vertical load in the initial step. Then the
load incremental analysis was executed assuming
horizontal loads in each floor level were proportional to
pi shown in Table 1.
Table 1: Weight of each story and seismic horizontal load
distribution

Specimen A
Story
5
4
3
2
1

wi
(kN)
311.0
623.1
623.1
623.1
660.6

Σwi
(kN)
311.0
934.1
1557.2
2180.3
2840.9

wi
(kN)
195.6
311.9
312.3

Σwi
(kN)
195.6
507.5
819.8

Specimen B
Story
3
2
1

ai

Ai

0.109
0.329
0.548
0.767
1.000

2.101
1.535
1.303
1.141
1.000

ai

Ai

0.239
0.619
1.000

1.531
1.191
1.000

Qi
(kN)
653.4
1433.8
2029.6
2488.5
2840.9

pi
(kN)
653.4
780.3
595.8
458.9
352.4

Qi
(kN)
299.4
604.5
819.8

pi
(kN)
299.4
305.2
215.3

where wi = weight of i story, wi = summation of story
weight from i story to the top story, Ai = distribution
coefficient of story shear ruled in BSL obtained as
Equation (4), Qi = story shear distribution of i story
obtained as Equation (6), pi = seismic horizontal load
distribution of i story obtained as Equation (7).

⎞ 2T
⎛ 1
Ai = 1 + ⎜
 ai ⎟ 
⎟ 1 + 3T
⎜ a
⎠
⎝ i

(b) Specimen B

Figure 5: 3-dimensional frame model
wi
w1

(5)

Qi = wi  Ai

(6)

pi = Qi  Qi +1

(7)

3.2 EALSTIC MODULUS OF CLT PANELS

Wall CLT panels used in specimen A and B were as
below.
In specimen A,
- Number of layer: 5
- Thickness of layer: 30mm
- Lower limit of MOE: Outer 6.0GPa, Inner 3.0GPa
Anchor bolts (1‐M24)

U‐shape steel plate with screws
(shear connection)

Tension bolts (1‐M24)
Tension bolts (2‐M16)

Steel plate with screws
(shear connection)

(a) Specimen A
U‐shape steel plate with screws
(tensile connection)

L‐shape steel plate with screws
(shear connection)

(4)

where T = natural period assumed as 0.03 H , H =
height of building (m),

Anchor bolts (1‐M16)

(b) Specimen B

U‐shape steel plate with screws
(tensile connection)

Figure 6: Compositions of connections
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In specimen B,
- Number of layer: 3
- Thickness of layer: 30mm
- Lower limit of MOE: Outer 6.0GPa, Inner 6.0GPa

250

Force [kN]

In the followings, the layer where the direction of grain
of lamella is parallel or perpendicular to the direction of
force are each called “parallel layer”, “cross layer”. And
x-direction and y-direction were defined each
perpendicular and parallel to the direction of outer layer.
Normal elastic modulus Ex , E y and shear elastic
modulus Gxy of wall CLT panels in specimens of the
shaking table test were estimated as shown in Table 2.
E x and E y in x and y-direction were calculated based
4000
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0
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‐2000
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2

3

4
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2

3

4
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‐4000
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6

8

10

‐5

‐4

‐3

‐2

Story drift [cm]

‐1

0

1

Story drift [cm]

1500

5th story

3rd story

1000

2000

Story shear [kN]

Story shear [kN]

0

2nd story

1000
Story shear [kN]

Story shear [kN]

1500

2000

1000
0
‐1000
‐2000
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0
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‐1000

‐3000
‐4000
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‐10
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‐6

‐4
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0
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4

6

8
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‐5

‐4

‐3

Story drift [cm]

‐2

‐1

0

1

Story drift [cm]
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ESDOF

15
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ESDOF

10
A, Sa (m/s2)

A, Sa (m/s2)

‐1

Story drift [cm]

3rd story

3000

15

6

500

Story drift [cm]

20

5

‐1500
‐10

3000

4

‐1000

‐4000

4000

3

1st story

1000

1000

2

Figure 7: Force-deformation relations of tensile
connections
1500

2000

1

Deformation [cm]

Story shear [kN]

Story shear [kN]

150

50

1st story

3000

A: Wall‐Foundation
A: Wall‐Wall
A: Wall‐Lintel
B: Wall‐Foundation
B: Wall‐Wall

200

5
0
‐5
Test
Aanlysis
Sa‐Sd (h=15%)

‐10
‐15
‐20
‐0.2 ‐0.15 ‐0.1 ‐0.05

0

0.05

0.1

0.15

5
0
‐5
Test
Analysis
Sa‐Sd (h=15%)

‐10
‐15
0.2

‐20
‐0.15

‐0.1

Δ, Sd (m)

(a) Specimen A

‐0.05

0

0.05

Δ, Sd (m)

(b) Specimen B

Figure 8: Comparison of analytical results and test results on short side direction of specimens

0.1

0.15

7
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on the assumption that only parallel layers were effective,
and Gxy in xy-plane was set based on the assumption
that layers in y-direction were effective.

points of A -  relations are generally on the demand
curve proving that CRLS can be applied to these CLT
panel constructions.

Table 2: Assumed elastic modulus of wall CLT panels in
specimens of the shaking table test

0.5
Specimen A
0.4

A
B

Number
of layer
5
3

Thickness
150mm
90mm

Ex
(Gpa)
1.2
2.0

Ey
(Gpa)
3.0
4.0

Gxy
(Gpa)
0.231
0.308

In specimen A and B, compositions of connections in
vertical plane of structure were as shown in Figure 6.
Force-deformation relations of connections were set as
shown in Figure 7 based on the results of static tests.
Compressive springs of Wall-Floor were assumed as
linear with stiffness of 500kN/cm. Compressive springs
of Wall-Foundation were assumed as rigid. All of shear
spring was assumed as rigid because shear connections
were almost no damage in the shake table test that were
probably caused by effect of friction.
3.4 RESULT OF VERIFICATION

Before the analyses, from the results of the shake table
test, it was confirmed that elastic modulus of wall CLT
panels, stiffness of compressive springs and initial
stiffness of tensile spring in specimen A were actually
larger than that estimated from static tests above
mentioned. Considering this fact, stiffness of these
elements were set as 2 times larger than mentioned
above.
As result of the analyses, relations of story shear and
story drift are shown in Figure 8 comparing with test
results. A -  relations of ESDOF in Figure 8 were
obtained from Equation (8), (9). Analytical results well
agree with test results proving preciseness of the frame
models dealt here.

 m  u  d (t )
 m u

(8)

 u  p (t )
 m u

(9)

i

i

i

A=

i

i

i

i

i

i

i

i

i

i

0.2
0.1

3.3 CHARACTERISTICS OF CONNECTIONS

=

0.3

heq

Specimen

Specimen B

where mi = mass of i floor, d i (t ) = horizontal
displacement from foundation of i floor, ui = reference
mode of i floor assumed as maximum horizontal
displacement in test, pi (t ) = horizontal force acting on
i story.
The relation of equivalent damping factor, heq in each
half cycle of A -  relations and displacement ratio that
is the ratio of displacement amplitude in each half cycle
to the maximum value of  is shown in Figure 9.
Referring Figure 9, heq is determined as 0.15 to obtain
the demand curve that is S a - S d relation of input seismic
motion.
The demand curves are superposed on A -  relations in
the bottom of Figure 8. The maximum displacement

0
0

0.2

0.4

0.6

0.8

1

1.2

Displacement ratio

Figure 9: The relations of equivalent damping factor
and displacement ratio in the shaking table test

4 STRUCTURAL PERFORMANCE FOR
DESIGN
4.1 CLT PANELS

In Japanese government notifications on structural
design of CLT construction, the standard strength, Fc ,
Fb , Ft of CLT panel are calculated from Equation (10) (12) as the allowable lower limit performance.
Compressive: Fc =  c.oml 

(10)

AA
× 0 .6
A0

(11)

AA
× 0.75
A0

(12)

Bending: Fb =  b.oml 

Tensile: Ft =  t .oml 

AA
× 0.75
A0

where  c.oml ,  b.oml ,  t .oml = compressive, bending and
tensile strength of lamellas in surface layer,

AA =

E  A
i

E0

i

(13)

Ei = MOE of lamellas in i layer, Ai = cross section of
i layer, E0 = MOE of lamellas in surface layer.

 c.oml ,  b.oml and  t .oml are ruled as 21.6MPa, 27.0MPa
and 16.0MPa each for lamellas with 6.0GPa of MOE.
And the standard strength of compressive perpendicular
to grain, Fcv was ruled as 6.0MPa. The allowable stress is
2/3 times of these standard strength.
For the legal structural design, as similar with Section
3.2, Normal elastic modulus, E x , E y were calculated
based on the assumption that only parallel layers were
effective. Shear elastic modulus, Gxy was revised as
0.5GPa based on static shear test of CLT panels.
Based on these regulations, Fc , Fb , Ft and E x , E y were
set as shown in Table 3.
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Table 3: Standard strength and elastic modulus of CLT
panels as lower limit performance
NL

EO
[GPa]

EI
[GPa]

3

6.0

6.0

5

6.0

6.0

5

6.0

3.0

7

6.0

3.0

Fc, Fb
[MPa]
10.80
3.90
9.72
6.48
8.10
4.68
6.94
5.01

Ft
[MPa]
8.00
2.87
7.19
4.80
6.00
3.45
5.14
3.69

Ex
[GPa]

Ey
[GPa]

5.78

0.11

4.75

1.25

4.73

0.63

4.04

0.87

where N L = number of layer, EO = lower limit of MOE
of lamellas in outer layer, EI = lower limit of MOE of
lamellas in inner layer, upper of Fc , Fb , Ft = value in ydirection, lower of Fc , Fb , Ft = value in x-direction.
Dealing connections in specimen B as the objectives,
Referring the result of static tests of connections with
plural specimens, load-deformation relations of tensile
and shear connections were revised as Figure 10 based
on lower 95 percentile strength as the lower limit
performance suited for legal structural design. The
strength at 1st yield point corresponded to the allowable
strength. However, shear connections at top and bottom
of wall panels were assumed to keep initial stiffness
considering the effect of friction.
Load-deformation relations of compressive connections
suited for legal structural design were assumed as bilinear. Their yield strength, Py , initial stiffness, k1 and
2nd stiffness, k 2 were obtained as Equation (14) - (22).

Force [kN]

60
50
40
30

Wall‐Foundation

20

Wall‐Wall

10
0

120

1

2

3
4
Deformation [cm]

5

6

Shear connection

(15)

k2 = 0

(16)

For wall-floor connections,
Py = Fcv  t w  d eff

k1 =

Ecv  t w  d eff
tf

k 2 = k1 / 8

(17)
(18)
(19)

Py = Fcv  t w  d eff
k1 =

1.5 Ecv  t w  d eff
tf
k 2 = k1 / 8

(20)

(21)
(22)

where t w = thickness of wall panel, d eff = effective panel
width assumed as 1/4 times of distance from tensile
connection to opposite edge of panel, k e = compressive
stiffness of panel assumed as 15.6N/mm3, t f = thickness
of floor panel, Ecv = elastic modules perpendicular to
grain of surface lamella assumed as 0.2GPa.

d
D

(23)

where d = distance from tensile connection to opposite
edge of panel assumed as d = D  100 mm.
The coefficient “0.83” was led from the analysis on
stress distribution of panel end.

100

Force [kN]

k1 = k e  t w  d eff

R = 0.83

Wall‐Roof
0

(14)

Considering that tensile and compressive spring
elements were set at the corner of panels in the frame
model, load-deformation relations of spring element
corresponding to tensile and compressive connections
were modified where deformation was divided by R and
strength was multiplied by R that was the ratio of the
distance between tension and compression resultant to
the width of panel, D . R was obtained as Equation (23).

Tensile connection (M16)

70

Py = Fc  t w  d eff

For wall-wall connections,

4.2 CONNECTIONS

80

For wall-foundation connections,

80

5 ESTIMATION OF Lreq

60
40
20

Wall‐Foundation

5.1 OBJECTIVE OF ESTIMATION

Wall‐Floor

Dealing 2D frame models corresponding to vertical
planes of structure of NP and LP as shown in Figure 4,
the required wall quantity, Lreq was estimated from
CRLS based on the structural performance of CLT
panels and connections set in Chapter 4. In the
estimation, parameters were set as below.

Wall‐Lintel,Spandrell

0
0

0.5

1
1.5
Deformation [cm]

2

2.5

Figure 10: Load-deformation relations of tensile and
shear connections
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- Number of story: 3, 5 for NP, 3 for LP
- Width of wall panel, Lw : 1.0m, 1.5m, 2.0m
- Width of openings, Lo : 1.0, 2.0, 3.0, 4.0m
- Height of story: 3.0m, lintel: 0.6m, spandrel: 1.0m
- Cross wall: 1m of width, 2 of tensile connections
- Arrangement of spandrel walls
Case 1: Exist in all story as shown in Figure 4
Case 2: Exist except 1st story
Case 3: Not exist in all story

panel, M24 for 7-layer panel. Strength of tensile
connections was modified based on assumption that
strength was proportional to square of diameter.
5.2 WEIGHT CARRYING CAPACITY AND Lreq

From static load incremental analysis using the frame
models, relations of story shear and story drift were
obtained to calculate the capacity curve. Total weight of
the frame model was modified so that the intersection of
the capacity and the demand curve match with the limit
point corresponding to the design criteria mentioned in
Section 2.1 for both of Level 1 and 2. The demand curve
was calculated assuming heq = 10% as the lower limit
based on the results of the shake table test shown in
Figure 9.
The modified total weight was divided by total width of
wall CLT panels in 1st story of the frame model to obtain
the weight carrying capacity, wc of wall CLT panels.
As results, wc corresponding to the limit point from the

Compositions of wall CLT panels were similar with
mentioned in Section 3.2. Number of layer was 3 and 5
for 3 story constructions, 5 and 7 for 5 story
constructions. Thickness of layer was 30mm. For 3-layer
panels and 5-layer panels in LP, lower limit of MOE of
lamella was 6.0GPa. For the other panels, lower limit of
MOE of lamella was 6.0GPa in outer layers, 3.0GPa in
inner layers.
Diameter of tension bolts was M16 for 3-layer panel as
the original specification if specimen B, M20 for 5-layer
Lv1 Lo=100cm
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Figure 11: Relations of weight carrying capacity, wc and wall width (NP)
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400

Case 1

350

400

250

wc [kN/m]

300

250

wc [kN/m]

300

Lreq of LP is obviously larger than that of NP indicating
poor practicability.
wc of LP is almost determined from the standard strength
of CLT panels at the corner of opening in the large
earthquake. If the measure to prevent falling of lintels
after occurrence of vertical crack at the corner of
opening is taken, structural characteristics of LP
probably becomes similar to NP after cracking, and
Lreq is expected to reduce.

Case 1
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200

150

150

100

100

50

50

0

0
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Table 4: Weight carrying capacity, wc of NP [kN/m]

Lw [cm]

(b) 3-story, 5-layer

(a) 3-story, 3-layer

NS

Figure 12: Relations of weight carrying capacity, wc
and wall width (LP)

3

design criteria of Level 1 and 2 are shown in Figure 11,
12. The required wall quantity, Lreq is obtained as
Equation (24).
Lreq =

w1
S  wc

(24)
st

where w1 = total weight of building, S = floor area of 1
floor.

In case of NP, the minimum values of wc among
Lw , Lo and design criteria Level 1 and 2 are as shown in
Table 4. When w1 is assumed as 819.8kN from total
weight of specimen B, S is assumed as 60.0m2 from
floor area of specimen B for 3-story building, and when
w1 is assumed as 2840.9kN from total weight of
specimen A, S is assumed as 87.0m2 from floor area of
specimen A for 5-story building, Lreq based on the
average of wc in Case 1-3 shown in Table 4 is as below.
3-story, 3-layer: 0.175m/m2, 5-layer: 0.135m/m2
5-story, 5-layer: 0.285m/m2, 7-layer: 0.230m/m2
Lreq of 3-story building is generally same with the
standard wall quantity of reinforced concrete boxed
wall-buildings which is 12-15cm/m2 [1], proving
practicability. Considering wall quantity of short side of
specimen A is 0.230m/m2, Lreq of 5-story building above
mentioned can be regarded as adequate.
However, considering that Lreq of Japanese conventional
post-and-beam house is approximately same with the
standard wall quantity above mentioned, reduction of
Lreq is necessary for prevalence of CLT construction
especially in middle-rise building. wc shown in Figure 11
is mainly determined from the allowable strength of
compressive connections in the moderate earthquake,
and from story drift angle in the large earthquake that
depends on the stiffness of compressive connections.
Therefore, improvement of compressive connections is
expected to reduce Lreq .
In case of LP, the minimum values of wc among
Lw , Lo and design criteria Level 1 and 2, Lreq obtained
from method above mentioned are as below.
3-layer: wc = 46.4kN/m, Lreq = 0.294m/m2
5-layer: wc = 69.1kN/m, Lreq = 0.197m/m2

5

NL
3
5
5
7

Case 1
88.4
122.2
132.1
165.6

Case 2
75.9
101.0
131.0
145.3

Case 3
71.1
80.5
81.2
115.0

where N S = number of story, N L = number of layer.

6 CONCLUSIONS
Based on the knowledge from the project carried out by
the subsidy of MLIT and the government notifications
on the structural design of CLT buildings, weight
carrying capacity and required wall quantity of middle
rise CLT buildings in Japan were examined using CRLS
that was one of the seismic design method ruled in the
building standard law of Japan.
As results, on the structure composed with narrow panels,
the required wall quantity of 3-story buildings was
generally same with that of the other structure, proving
practicability. The required wall quantity of 5-story
buildings was approximately 2 times larger than that of
3-story buildings, however, it could be regarded as
adequate considering the specifications of specimen of
the shaking table test.
The required wall quantity of the structure with large
width panel was generally 1.6 times larger than that of
the structure with narrow panels, indicating poor
practicability.
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FINITE ELEMENT MODELLING OF THE CYCLIC BEHAVIOUR OF CLT
CONNECTORS AND WALLS
Chrysl Aranha1, Jorge Branco 2, Paulo Lourenço 3, Georg Flatscher4, Gerhard
Schickhofer5
ABSTRACT: The characterization of the behaviour of connectors used in Cross-laminated Timber (CLT) structures is
an important aspect that needs to be considered in their seismic design. In this paper, the data from shear and axial tests
conducted on connectors have been used to define their force-displacement curves under cyclic loads using the SAWS
model in OpenSees. The component curves were then incorporated into the corresponding wall models and the results
were compared with their experimental counterparts, in order to determine the validity of the finite element model.
Thereby, the non-linear behaviour was restricted to the connectors while the walls themselves were composed of linear
orthotropic shell elements. The models were found to provide a good estimate of the initial stiffness and maximum load
capacity of the wall specimens. The effects of vertical loading and the presence of openings were determined based on
analyses run on the calibrated model.
KEYWORDS: connections, numerical modelling, cross-laminated timber, cyclic tests

1 INTRODUCTION 123
The scrutiny of the seismic performance of full-scale
Cross-laminated timber structures ranging from two to
seven storeys [1-3] has demonstrated the self-centring
capability of this construction system. Although the
results of these experimental campaigns have evinced
that CLT is a strong contender for multi-storey building
solutions employed in seismic areas, no specific
guidelines for the design and construction of these
structures exist in the Eurocodes at present. Hence, it is
essential to focus on design optimization and assess the
impact of structural configuration, connection detailing
and layout on the behaviour of these structures.
In general, CLT buildings are erected using the platform
construction technique, so the connections between the
wall panels of subsequent floors and the wall panels of
the ground floor with the foundation need to be designed
such that the load paths remain continuous and these
structures can rack and slide relative to the foundation,
without significant damage to the superstructure [4]. An
important part of this process is to determine the strength
and deformation capacities of the connectors through
experimental tests, which can serve as a basis to develop
1
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Jorge Branco, ISISE, University of Minho, Portugal
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3
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Georg Flatscher, TUGraz, Austria georg.flatscher@tugraz.at
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Gerhard Schickhofer, TUGraz, Austria,
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numerical models that are adequately accurate. The loadslip behaviour of components under monotonic loads is
relatively easier to predict whereas, under cyclic loads,
the determination of the strength and the deformation
capacity is more complex due to the effects of load
reversal. In the case of wooden members subjected to
cyclic loading, the following phenomena need to be
taken into consideration:
• Nonlinear inelastic load-displacement relationship
without a distinct yield point.
• Stiffness degradation manifested as a progressive loss
of stiffness in each loading cycle.
• Strength degradation manifested as a decrease in
strength when cyclically loaded to the same
displacement level.
• Pinched hysteresis loops where the loops appear to be
pinched in the middle due to the softening of connection
joints [5]
Cyclic tests are appropriate for obtaining information on
the design level response of a structure, especially in the
event of an earthquake. In this paper, the focus will be
on understanding and simulating the behaviour of the
angle brackets and hold-downs that transfer shear and
axial forces between the wall panels and the foundation
using finite element models developed in OpenSees [6].

2 EXPERIMENTAL TESTS
As part of an experimental campaign on the study of
components of CLT structures, the Graz University of
Technology, Institute of Timber Engineering and Wood
Technology (TU Graz) in cooperation with the
competence centre holz.bau forschungs gmbh (hbf)
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conducted a series of quasi-static tests on single joints
and walls with different connection configurations [7,8].
The connectors used in this study are Simpson StrongTie angle brackets, AE116, and HTT22 hold-down
connectors. The angle brackets had 14 CNA ring
shanked nails of 4mm diameter each in the part attached
to the wall while two M12 bolts connected the bracket
with the base. The metal part of the hold-downs was
connected to the CLT wall using 15 CNA ring shanked
nails, each with a diameter of 4mm, while the connection
with the base was achieved using a single M16 bolt.
Monotonic and cyclic tests were conducted as per the
guidelines given in [9] and [10] with a test set-up shown
in Figure 1. The cyclic shear tests were performed using
a reversed cyclic procedure with predefined values
calculated from the monotonic tests previously
conducted. For the tension tests, the restricted movement
in compression dictated the need for a modification in
the load application prodecure. The load-slip behaviour
of the angle brackets in shear and tension and of the
hold-downs in tension was determined.

3 CONNECTOR LEVEL MODELLING
The simulation of the connection behaviour under cyclic
loading involved the selection of a suitable hysteresis
model from those available in OpenSees. Due to the
possibility of allowing for strength and stiffness
degradation through the definition of suitable
parameters, the SAWS model [12] was chosen. Based on
the force-deformation (F-δ) relationship proposed by
Folz and Filiatraut [13] for wood shear walls under
cyclic loading, the SAWS model in OpenSees requires
the user to assign values for ten pre-defined parameters.
The degradation parameters, α and β are calculated using
equations (1) and (2). Parameters F0, FI, R1, R2, R3, R4,
S0 and Du that control the loading path are determined as
shown in Figure 3.
⁄
log
α=
(1)
⁄
log

β= δ

⁄δ

(2)

Figure 1: Test set-up for (a) angle brackets in shear (b)
hold-downs in tension [7]
The subsequent phase of the experimental campaign
involved the determination of the load-slip behaviour of
several CLT wall panels with different connection
configurations, out of which only the two types seen in
Figure 2 have been used in this study. While Type A
walls used only angle brackets, walls of Type B had both
angle brackets and hold-downs.

Figure 2: Wall Type A (left) and Type B (right)

For walls of type A, two axial loading cases were
considered – 0kN/m and 20.8kN/m and for walls of Type
B, vertical loads of 5kN/m and 20.8kN/m were applied.
The wall panels were square CLT panels of dimensions
2.5m x 2.5m. The wall layup of 40-32-40mm gave rise
to a total wall thickness of 112mm. The rigid foundation
was simulated by a steel base. All the specimens were
subjected to cyclic loading carried out as per the
guidelines in [11]. A detailed explanation about the
connection behaviour and the performance of the walls
during the quasi-static tests can be found in [7].

Figure 3: SAWS model [13, adapted]

In the first step, the single joint tests were replicated
numerically. The angle brackets and hold-downs were
defined as zero length elements and assigned with the
uniaxial SAWS material property. The ten parameters
were determined from the load-slip curves obtained from
the experimental tests. In the case of the angle brackets,
the characterization of the tensile and shear behaviour
was done separately, just as in the single joint tests.
The load-slip curves obtained from the OpenSees models
were then compared with the experimental hysteresis
curves and presented in Figures 4-6. A clearer picture of
the comparison between the experimental and numerical
load-slip behaviour was made by listing the magnitude
of energy dissipation and maximum load for all three
cases in Table 1. At the connector level, it can be seen
that the SAWS model can replicate the hysteresis
behaviour of the tested connections with a high level of
accuracy.
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where, Ed refers to the total energy dissipated and Fmax is
the maximum load.
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4 MODELLING OF CLT WALLS
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Figure 4: Comparison of the load-slip curves of the angle
brackets in shear
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Owing to the fact that cross-laminated timber panels are
composed of layers of boards with alternating grain
direction, the calculation of the mechanical properties is
more complex than in wood. One of the most common
approaches adopted to define the material properties of
CLT is the Homogenised, Orthotropic plane stress Blass
reduced cross Section (HOBS) method that approximates
the multi-layer section as a single layer using pre-defined
coefficients given in [14]. In this paper, however,
orthotropic properties were assigned to the shell
elements that composed the CLT wall panel models.
Since the boards belonged to the C24 class, the base
material properties were taken from [15]. The equivalent
moduli of elasticity in the X and Y directions (refer
Figure 7 for panel orientation) were calculated on a
weighted average basis as 3407 MPa and 7963 MPa
respectively. The equivalent modulus in the Z direction
was set to 300MPa as suggested by [16]. The shear
moduli were calculated in accordance with the equations
prescribed by [17]. Since the panels were not glued on
their narrow face, Poisson’s ratio was taken to be 0. The
value of the density of the panels was assumed to be 420
kg/m3. The above properties were then assigned to
ShellMITC4 elements that composed the CLT wall panel
model.

Figure 5: Comparison of the load-slip curves of the angle
brackets in tension
60
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Figure 7: Orientation of the CLT wall panel

35

4.2 CONNECTOR DEFINITION

40

Figure 6: Comparison of the load-slip curves of the holddowns in tension
Table 1: Comparison of experimental and numerical results for
component level modelling

AB- shear
AB- tension
HD- tension

Parameter
Ed (kNmm)
Fmax (kN)
Ed (kNmm)
Fmax (kN)
Ed (kNmm)
Fmax (kN)

Exp
5759
30.8
2834
36.1
3784
51.5

SAWS
5532
31.1
2990
38.6
3141
52.4

Δ (%)
3.9
1
5.5
6.9
17
1.7

Although angle brackets are primarily designed as shear
resisting elements, based on the experimental test results,
it can be concluded that their contribution to the strength
and stiffness in the axial direction cannot be ignored.
Therefore, the angle brackets were considered to be
bidirectional, having axial and shear behaviour, while
the hold-downs were considered to be unidirectional
with only axial capacity, using the hysteresis parameters
obtained in section 3. The connectors were defined as
zero length elements joining two coincident nodes, one
end of which was fixed and the other which was attached
to the base of the wall panel. In the single joint models
as the loading consists of only half cycles, there is no
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80
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Force (kN)

need to define the high stiffness of these connectors in
compression. However, in the case of the wall models,
the definition of contact in compression is extremely
important. With this in view, the behaviour of the
springs in the axial direction was defined to follow a
load path defined by the SAWS model in tension and to
have contact behaviour defined by an elastic- perfectly
plastic gap when subjected to compression.

0

-20

4.3 WALL MODEL

-40

The CLT wall models were meshed into 12 elements
along their length and height, but taking care to respect
connector positions in the experimental tests. In order to
determine if a finer mesh would result in improved
accuracy, separate wall models having mesh sizes of
26x26 were analysed. Since the analysis of these models
was time-consuming and yielded the same results as the
corresponding wall models meshed with 12x12
elements, the choice of using the model with lesser
elements was made. It is inferred that the refinement of
the mesh size does not seem to have any effect on the
hysteresis behaviour of the walls, as long as there are no
openings and the connector positions are not
compromised. This is in line with the observations made
during the experimental tests, where almost all of the
deformation was limited to the connectors and the panel
itself deformed only slightly.
The displacement time history was applied at the top left
wall corner and the displacement at the midpoint of the
top of the wall model was monitored, exactly as in the
experimental set-up. The comparison of the experimental
and numerical results for lateral force versus
displacement curves for walls of Type A and B with
different levels of vertical loading are plotted from
Figure 8 to Figure 11. To determine the amount of
energy dissipated by the models in comparison with the
experimental results for the same, plots of energy
dissipated in relation to the cumulative displacement are
shown in Figure 12 to Figure 15.
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Figure 9: Comparison of the load-slip curves of wall type A
with a vertical loading of 20.8kN/m
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Figure 10: Comparison of the load-slip curves of wall type B
with a vertical loading of 5kN/m
80
60
40
20
0

-40
-60

0

-80
-60

-35

-70
-60

50

-20

35

Force (kN)

-80
-50

Force (kN)

70

Exp
SAWS

Exp
SAWS
-40

-20
0
20
Displacement (mm)

40

60

Figure 8: Comparison of the load-slip curves of wall type A
with no vertical loading
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Figure 11: Comparison of the load-slip curves of wall type B
with a vertical loading of 20.8kN/m
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In the experimental tests, the primary source of
deflection was due to rocking in all the four wall
specimens. This was also noticed in all the models
created in OpenSees. Walls of type A had a greater
resistance to sliding than walls of type B because of the
low shear resistance of the hold-downs. The amount of
rocking also decreased with the increase in the
magnitude of vertical load. These phenomena were
evident even in the models.
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Figure 12: Comparison of the energy dissipated by wall type A
with no vertical loading
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Figure 16: Rocking of wall models
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Figure 13: Comparison of the energy dissipated by wall type A
with a vertical loading of 20.8kN/m
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Table 2: Comparison between experimental and numerical
values of mechanical properties of different walls
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Figure 14: Comparison of the energy dissipated by wall type B
with a vertical loading of 5kN/m
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The mechanical properties of the tested walls and their
models were then calculated using the first envelope
curves formed by joining the points of maximum load.
The comparison of the mechanical properties of the wall
specimens with the corresponding values yielded by the
finite element model is made in Table 2. The properties
taken into consideration were the initial stiffness (Kser),
maximum load (Fmax), ductility ( ) and energy
dissipation (Ed). The values for Kser and
were
calculated based on the guidelines given in [18].
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Figure 15: Comparison of the energy dissipated by wall type B
with a vertical loading of 20.8kN/m

A-20.8
B-5
B-20.8

Exp
SAWS
Exp
SAWS
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SAWS
Exp
SAWS

Kser
(kN/mm)
3.41
4.01
9.75
5.45
2.56
3.91
4.69
4.45

Fmax
(kN)
53.78
58.2
61.18
68.81
69.98
61.14
71.73
66.76

3
5
13
7
2
4
4
4

Ed
(kNmm)
10037
10768
20590
20679
20371
11179
35207
21422

The models of walls of type A overestimated the lateral
load capacity while the models of type B walls yielded
lower values of maximum load compared to their
experimental counterparts. The walls with vertical
loading of higher magnitude dissipated more energy than
their counterparts with no load or lower magnitude of
vertical load. The best agreement in energy dissipation
values was obtained for wall specimen A2, where the
OpenSees model dissipated 0.4% more energy than the
walls that were experimentally tested. For wall A1, the
OpenSees model overestimated the energy dissipated by
just 7.3%. In the case of the type B wall models, the
energy dissipated was much lower than in the
experiments. In general, the agreement in the energy
dissipation for walls of type A is much better than for
walls of type B. This could be due to the fact that the
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Figure 17: Load-slip curves of type A wall models with
different magnitudes of vertical loading
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Table 3: Comparison of mechanical properties of wall type A
with different levels of vertical load

58.17
62.30
65.93
68.52

60

60

In this sub-section, the influence of vertical loading on
the behaviour of the CLT wall panels under lateral
loading was further investigated. In CLT structures, the
walls in the ground floor have to be equipped to deal
with the weight from the storeys above them. To check
the influence of vertical load (q) on the CLT wall panels
used in the present study, 4 loading cases for each wall
type were considered – 0kN/m, 5kN/m, 15kN/m and 20
kN/m. It must be noted that the cyclic displacement input
for wall models within each type was the same. The
results of the analysis for walls of type A and B have
been tabulated in Table 3 and Table 4 respectively. In
the case of walls having only angle brackets, the wall
model with the vertical loading of 20 kN/m, the initial
stiffness, maximum load and energy dissipation showed
an increase of 36.6%, 17.8% and 29.8% respectively
over the case of the model with no vertical loading. For
models of wall type B, the model with the vertical
loading of 20 kN/m showed a 24.3% increase in initial
stiffness and a 14.8% increase in peak load, while the
energy dissipation was almost double. In Figure 17 and
Figure 18, it is clearly seen that with the increase in
vertical loading, there was a change in the shape of the
hysteresis loops near the origin, a phenomenon that was
also reported by [20] based on their experimental
campaign.
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5.1 VERTICAL LOAD

Kser
(kN/mm)
3.99
4.38
5.18
5.45
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Table 4: Comparison of mechanical properties of wall type B
with different levels of vertical load

5 SENSITIVITY ANALYSIS

q (kN)
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Force (kN)

shear component of the hold-downs was not modelled.
Although the strength and stiffness of the hold-downs in
shear is very low, the hysteresis loops are quite wide
[19]. For the SAWS model as far as ductility and initial
stiffness values are considered, the models were able to
give good estimates of the experimental values, except in
the case of wall A-20.8. Even though the ductility and
initial stiffness values obtained from the load-slip curves
of the model were higher than for the other models, they
were much lower than the experimentally obtained
values. In general, better values for initial stiffness may
be expected if the influence of friction is also considered.
A panel only starts sliding once the resistance to friction
has been overcome which finally increases the stiffness
parameter. Furthermore, the chosen method for
determining the yield displacement, necessary for
calculating the ductility value, is highly influenced by
the initial stiffness; compare [18]. As a consequence, a
slight difference in initial curve shape may lead to quite
high differences in absolute ductility values; see also [8].

Force (kN)
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Figure 18: Load-slip curves of type B wall models with
different magnitudes of vertical loading

It can be inferred that the increase in axial loading has a
significant impact on the initial stiffness and the energy
dissipation capacity. The proportion of the increase in
the lateral load resistance was lower. According to [20],
a vertical loading of at least 20 kN/m is required in order
to have a significant influence on the lateral load
resistancce.
5.2 INFLUENCE OF OPENINGS
In order to determine the effect of the presence of
openings in the CLT wall panel, quasi-static tests were
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conducted on a wall panel of the same dimensions as in
the case of the walls without openings. Hold-downs were
placed at the corners and angle brackets flanked the
opening on either side. The panel with the dimensions of
the opening is seen in Figure 19. The opening forms
about 30% of the panel area. In one of the experimental
campaigns conducted by [21], the effect of the presence
of doors and windows in CLT panels was studied. The
findings of this study revealed that openings with up to
30% of the panel area were found to have no effect on
the load-bearing capacity of the wall panels. The
openings, however, had an influence on the wall
stiffness.

narrower. The peak load attained by the model of the
panel with the opening was about 8.7% higher than that
of the model of wall B-20.8. This is because the angle
brackets are shifted away from the centre, thus
increasing the resistance to uplift and resulting in a
higher resistance to lateral loads. This demonstrates that
the position of the connectors has a strong influence on
the lateral load resistance of the wall panel, which
corroborates what was observed during the experimental
tests. In the tests on the CLT wall panels, the failure of
the angle brackets was found to be dependent on their
position in the wall. When positioned closer to the
corners, they underwent tension failure, while the angle
brackets in the interior of the panel failed in shear [7].

6 CONCLUSIONS

Figure 19: Dimensions of wall specimen with openings

In the case of the model of the wall panel with the
opening, the initial stiffness was found to be 2.21
kN/mm and the maximum load attained was 72.59kN.
The initial stiffness of the tested wall was 3.81 kN/mm
while the maximum load attained was 75kN. So the
model provided a good estimation of the lateral load
capacity. In the interest of determining the effect of the
opening on the lateral load resistance, the load-slip
curves of this model were compared with those obtained
from the model of wall B-20.8, which had a similar
connection configuration and the same magnitude of
vertical loading, but no opening (see Figure 20). The
only difference was in the positioning of the angle
brackets, which had to be shifted by 20.5cm on either
side due to the presence of the opening.
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Figure 20: Load-slip curves of wall panels with and without
openings

It is clearly seen that in the presence of an opening, there
is a reduction in the initial stiffness. The presence of the
opening also resulted in the hysteresis loops becoming

The feasibility of using a suitable hysteresis model in
OpenSees, an open access software, to replicate the
force-deformation behaviour of CLT structures under
cyclic loading at the component level has been explored
in this paper. Since it has parameters to control the loadslip path and define the strength and stiffness
degradation, the SAWS model was selected from the
available hysteresis models.
Based on the results of the numerical analyses and
corroborated by prior experimental tests, the inferences
made have been presented herein. The energy dissipation
by wall models where only angle brackets were used,
was very similar to their experimental counterparts. The
models of the walls with hold-downs and angle brackets
as connectors yielded much lower values of energy
dissipation than the values obtained in the experimental
tests, which was perhaps due to the absence of a shear
component for the hold-downs. An increase in vertical
loading was found to significantly increase the initial
stiffness and energy dissipation of the wall models, an
effect which was also observed in the experiments.
However, the increase in the lateral load resistance was
not as high. The orthotropic material properties of CLT
calculated as specified in the paper, were found to be
suitable. The presence of openings in CLT panels
reduces the initial stiffness of the walls, a phenomenon
which was clearly exhibited even in the numerical
model. This paper also demonstrated the impact of the
position of connectors on the load carrying capacity of
CLT wall panels.
Incorporating the effect of friction could have led to an
improvement in the load-slip behaviour of the model.
Nevertheless, this model can be used to simulate the
behaviour of connections and to predict the lateral load
capacity of CLT wall panels under cyclic loading with
reasonable accuracy.
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LOCAL ENERGY DISSIPATORS FOR SKELETON STRUCTURES –
TESTING RESULTS AND DESIGN CONSIDERATIONS
Michael Schick1, Werner Seim2
ABSTRACT: This paper presents the results of experimental studies for the optimization of the ductile behavior of
typical bracing systems for skeleton structures. Shear-links similar to those used in steel structures are adapted for use in
timber constructions to increase the ductile behavior of the bracing systems. Design considerations to ensure the ductile
behavior are given.
KEYWORDS: ductile behavior, shear links, bracing systems, earthquake design, skeleton structures

1 INTRODUCTION 123
The structural behavior of skeleton structures under
earthquake conditions is controlled mostly by the
bracing systems. Comparatively simple connections have
been developed to improve the ductility and energy
dissipation of skeleton structures. The paper will depict
the test results and present the basic design
considerations.
Two typical structural elements were selected to
represent the bracing systems of skeleton structures. One
is the end-fixed column which is connected to a
foundation or to a structural concrete basement. The
other is a system with diagonal trusses. In both cases,
energy dissipation and ductility are considered to be
comparatively low, resulting in q-values of 1.5 for
cantilevers or 2.0 for trusses with doweled joints
according to Eurocode 8 [1].

(a)

the connecting area, the second was to create the
potential to repair and retrofit skeleton structures after an
earthquake with a minimum of cost and work. In this
context, shear-links – as a well-known detail for steel
structures in seismic zones (see [2]) – could be an
efficient solution. The combination of steel plates and
dowel pins to connect timber elements is common in
modern timber constructions. The end-fixing of columns
is carried out mostly by steel sections that are fixed
rigidly to the concrete foundation and the timber
columns are fixed to the steel shapes with dowel pins.
Thus, this detail seemed to be suitable to add shear-links
to timber structures. Figure 2 shows the detail of an endfixed column including two shear-links. Each shear-link
consists of a hollow steel profile. These two sections are
connected to the adjacent element of the bracing system
in such way that a horizontal deformation of the bracing
element causes a parallel shift of the side flanges of the
shear-link.

(b)

Figure 1: Stuctural elements for the bracing of skeleton
structures: (a) end-fixed column; (b) diagonal trusses

Two objectives had been defined for optimization of
bracing systems for skeleton structures: The first was
enhancement of ductility and energy dissipation within
1
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2
Werner Seim, University of Kassel, Chair for Building
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Figure 2: Shear-links for end-fixed timber column
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As the shear-link is stressed in bending, a ductile
behavior of the connection can be achieved. It is obvious
that it is comparatively easy to repair a structure after an
earthquake by replacing the shear-links. If the loadcarrying capacity of the elements outside the ductile
zone is higher than the load-carrying capacity of the
shear-links, then the non-ductile elements will withstand
an earthquake without significant damage. Another
possibility to add shear-links to a typical timber structure
is the connection of diagonal trusses to a horizontal
transom. In this construction type, steel to timber
connections are also used and, therefore, the addition of
shear-links is comparatively simple. Figure 3 shows the
arrangement of shear-links within diagonal trusses. The
shear-links consist of welded steel plates and tube
sections using grade S235 steel.

Figure 3: Shear-links for diagonal trusses

2 EXPERIMENTAL INVESTIGATIONS
Tests on full-scale elements and preliminary tests on
shear-links were conducted to find out more about the
ductile behavior of bracing systems with shear-links.
2.1 TESTS ON SHEAR-LINKS
A series of preliminary tests on shear-links was carried
out as a basis for the detailing of the specimens for the
full-scale testing. The parameters are the width,
thickness and length of the rectangular steel tubes. One
steel plate has been welded into the steel sections as an
internal brace for two specimens. Figure 4 and Table 1
give an overview of the preliminary testing of the shearlinks.
The results of the test series SL-1 show that the steel
plate inside the steel tubes does not increase the loadcarrying capacity. The shear-links consisting of steel
tubes with a wall thickness of 6.3 mm reached nearly the
same maximum force in the sample tests with or without
internal steel plates. However, the maximum
displacement increases nearly ten times if no steel plate
is used. The shear-links of the test series SL-2 show a
significantly lower load-carrying capacity without steel
plates.
The load-carrying and deformation capacity of type SL2.1 seemed to be best suited for practical application
and, therefore, was selected for full-scale testing.

Table 1: Test setup and results from sample testing

Test
SL-1.1
SL-1.2
SL-2.1
SL-2.2

Crosssection
[mm]
120 x 60 x
6.3
120 x 60 x
4.0

Internal
braces
[mm]
4
3
-

Fmax

Du

[kN]
103.7
101.0
102.0
24.9

[mm]
3.3
37.2
6.5
21.2

Figure 4: Test setup of preliminary tests on shear-links with
additional steel plates

2.2 FULL-SCALE TESTS – END-FIXED
COLUMN
Test series M-1 was used to get information about the
ductile behavior of end-fixed columns with shear-links.
End-fixed columns without shear-links were tested in the
test setups M-2 and M-3. The number of dowels was
reduced from 24 to 12 for test series M-3. An overview
of the test configurations is given in Table 2.
Loading protocols for both monotonic and cyclic loading
according to ISO 21581 [3] were considered for the
tests:
Table 2: Test setup for full-scale tests

Test
M-1.1
M-1.2
M-1.3
M-1.3-R
M-2.1
M-3.1
M-3.2
W-BS-1.1
W-BS-1.2
W-BS-1.3

Dowel
[mm]
24 x Ø 12
24 x Ø 12
24 x Ø 12
24 x Ø 12
24 x Ø 12
12 x Ø 12
12 x Ø 12
4 x Ø 12
4 x Ø 12
4 x Ø 12

Vert.
load
[kN]
1.0
1.0
1.0
1.0
1.0
1.0
1.0
1.0
1.0
1.0

Support
2 shear-links
2 shear-links
2 shear-links
2 shear-links
rigid (steel)
rigid (steel)
rigid (steel)
1 shear-link
1 shear-link
1 shear-link

Protocol
ISO 21581
monotonic
cyclic
cyclic
cyclic
monotonic
monotonic
cyclic
monotonic
cyclic
cyclic

Figure 5 (a) shows the test setup of the end-fixed
columns. The dimensions of the columns were 400 x 200
mm. All steel elements of the experimental setup were
carried out in grade S235. The internal steel plates were
fixed to the column with dowel pins with a diameter of
12 mm. The connection between the shear-links and the
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steel elements of the experimental test setup and other
relevant bolt connections were carried out with bolts M
12 (12.9). The end-fixing between the bottom plate of
the connecting HEB 220 and the ground steel beam of
the experimental framework was carried out with bolts
M16 (10.9).
2.3 FULL-SCALE TESTS – DIAGONAL TRUSSES
A diagonal truss system with shear-links was tested in
test series W-BS-1. The test setup of the diagonal trusses
is shown in Figure 5 (b). The columns of both sides of
the bracing system with diagonal trusses were carried out
in the dimensions 400 x 200 mm. Timber with the
dimensions 120 x 120 mm were taken for the top rail of
the diagonal trusses. The connection between the timber
and the internal steel plates was carried out with dowel
pins with a diameter of 12 mm. Bolts, M 12 (12.9), were
used to fix the steel parts to each other.
The dowel connections were reinforced to prevent
tensile failure perpendicular to the grain. The
reinforcement was created by using self-tapping screws
with a diameter of 8 mm and a length of 400 mm for the
columns and screws with a diameter of 6 mm and a
length of 120 mm for the diagonal trusses, respectively.

the maximum force was reached and the force is reduced
to 0.8 Fmax – the yield point Dy has no commonly
accepted definition. For this reason, three different
methods were considered: Calculation according to
Yasumura and Kawai [5], Kobayashi and Yasumura [6]
(cf. Fig. 11a) and EN 12512 [7] (see Fig. 11b). The
ductility μ of the cyclic tests was calculated using the
envelope of first cycles. Only these cycles whose
amplitudes are lower or equal to the ultimate
deformation Du were taken into account for calculating
the equivalent viscous damping neq,. Every last cycle out
of a group of three cycles was calculated with equation
(2).

Figure 6: Definition of yield point, ultimate displacement and
ductility, according to Yasumura and Kawai [5] and
Kobayashi and Yasumura [6]

(a)

(b)

Figure 5: Test setups of (a) end-fixed columns and (b) bracing
wall systems

3 INTERPRETATION OF TEST
RESULTS

Figure 7: Definition of yield point, ultimate displacement and
ductility according to EN 12512 [7]

Different values are used to describe the characteristics
of the cyclic behavior:
- The ductility factor µ which compares the
ultimate deformation Du and the yield
deformation Dy:

µ=
-

Du
Dy

(1)

equivalent viscous damping υeq, which
compares the dissipated energy Ed and the
potential energy Ep:

υeq =

Ed
2π  E p

(2)

While there is a good consensus about the definition of
the point of ultimate deformation Du – the point where

Figure 8: Definition of dissipated energy and potential energy
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4 TEST RESULTS
The results of the tests on end-fixed columns and
diagonal trusses are summarized in Table 3. The table
contains the maximum force Fmax and the ultimate
displacement Du which are obtained from the tests and
values for equivalent viscous damping νeq determined in
data post-processing for the tests on end-fixed columns.
The maximum horizontal displacement was limited by
the maximum stroke of the actuator. These values are
denoted D'u instead of Du.
The values for viscous damping are depicted in Figures 9
and 10. The ductility factor μ is determined with the two
methods: Yasumura and Kawai [5] and EN 12512 [7]
respectively Du.
Comparing the test results, it can be seen that the
damping of the end-fixed column with shear-links is
considerably higher than the damping of the rigid fixing.
The energy dissipation determined with both methods is
also higher when using shear-links.
M-1.3R is the retrofitted version of M-1.3. After testing
M-1.3, the shear-links were changed and the test setup
was tested again with the cyclic loading protocol. The
comparison of these tests shows similar maximum forces
and similar displacement of the column. The ductility
factor μ decreases according to both methods: Yasumura
and Kawai [5] and EN 12512 [7], from M-1.3 to M1.3R.

Figure 9: Ductility factor µ for monotone tests and first
envelope of the cyclic tests according to Yasumura and Kawai
[5]

Table 3: Test results from full-scale tests

Test
M-1.1
M-1.2
M-1.3
MR-1.3
M-2.1
M-3.1
M-3.2
W-BS-1.1
W-BS-1.2
W-BS-1.3

Fmax
Du
D'u
[kN] [mm] [mm]
16.3
119.8
12.8
127.6
18.1
138.0
18.5
130.0
49.5
109.5
30.6
154.2
29.1
129.4
89.1 57.5
80.1 45.9
73.9 55.6

νeq
[-]
0.262
0.163
0.248
0.069
0.130
0.130

Figure 10: Ductility factor µ for monotone tests and first
envelope of the cyclic tests according to EN 12512 [7]

Figure 11 shows the hysteresis of the cyclic test of the
end-fixed column M-1.3 with shear-links and Figure 12
shows the hysteresis of the column M-3.2. It can be seen
in Figure 11 that there is no substantial load decrease
within one deformation level of three cycles, while the
load decrease in every cycle in Figure 12 is clearly
recognizable. The capacity for energy dissipation for
end-fixed columns increases considerably if shear-links
are installed. Comparing the test results of the different
test series, it can be seen that energy dissipation and
deformation capacity could be improved considerably
for end-fixed columns even if the full deformation
capacity had not been reached due to the stroke
limitation of the actuator.
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Figure 11: Hysteretic curve from cyclic testing of end-fixed
column M-1.3
Figure 13: Brittle failure of diagonal truss

The hysteresis of the cyclic test shows an abrupt
decrease of the load-displacement curve when the
splitting of the diagonal truss occurs. To ensure the
plastic behavior of the structure, the overstrength of the
ductile element has to be taken into account.

Figure 12: Hysteretic curve from cyclic testing of end-fixed
column M-3.2

Unfortunately, it was not possible to activate the full
shear-link capacity for the bracing system W-BS-1.1 to
W-BS-1.3. Here, failure occurred due to the early
splitting of the dowel connection, even though they were
retrofitted with self-tapping screws. Nevertheless, all
tests showed that using shear-links in timber structures
could be an efficient solution to increase the energy
dissipation and deformation capacity in skeleton
structures.

Figure 14: Load-displacement curve from monotonic testing of
the bracing system W-BS 1.1

5 DESIGN CONSIDERATIONS
If ductility and energy dissipation under cyclic loading
are utilized in the case of earthquake design, it must be
ensured that all the elements outside the ductile zone
remain elastic, in order to prevent early brittle behavior.
Figure 13 shows the connection of the diagonal truss to
the shear-link after a cyclic test. It is obvious that full
ductile behavior cannot be reached if brittle failure such
as splitting of the diagonal trusses occurs.
Figure 15: Hysteretic curve from cyclic testing of the bracing
system W-BS 1.2
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EXPERIMENTAL INVESTIGATION OF SELF-CENTERING CROSS
LAMINATED TIMBER WALLS
Ryan Ganey1, Jeffrey Berman2, Lihong Yao3, J. Daniel Dolan4, Tugce Akbas5,
Sara Loftus6, Richard Sause7, James Ricles8, Shiling Pei9, John van de Lindt10,
Hans-Erik Blomgren11
ABSTRACT: This paper describes experiments conducted to develop a resilient lateral force resisting wall system that
combines cross-laminated timber (CLT) panels with vertical post-tensioning (PT) to provide post-event re-centering.
Supplemental mild steel U-shaped flexural plate devices (UFPs) are intended to yield under cyclic loading while the PT
and CLT components remain undamaged until large inter-story drifts are experienced by the wall. The experiments
were designed to explore various limit states for self-centering CLT (SC-CLT) walls, including their dependence on
design variables and their impact on performance, and to investigate strength and stiffness degradation at large interstory drifts. It was found that the SC-CLT walls were able to re-center even after large drift cycles and the crushing of
the CLT material was the governing limit sate for most specimens. A hierarchy of desirable limit states was identified
consisting of UFP yielding, CLT splitting, PT yielding, and CLT crushing.
KEYWORDS: CLT; Seismic Loading; Post-Tensioned Connection; Self-Centering; Experimentation

1 INTRODUCTION 123
To implement tall wood buildings on the west coast of
the U.S. and other regions of high seismicity it is
necessary to have ductile and reliable seismic load
resisting systems. Existing CLT structures do not use
such systems, relying on conventional hold-downs and
connectors (e.g., screws and angle clips) that have
limited deformation capacity and would likely to get
damaged during a strong earthquake (Pei et al., 2013). In
a previous study on the seismic performance of CLT
buildings, where the panels remained elastic and the
connections were stiff and strong but brittle, the response
resulted in large base shear, severe connection damage,
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high floor accelerations, and limited energy dissipation
(Ceccotti et al., 2013).
The self-centering/rocking concept was originally
implemented in unbonded PT precast concrete walls and
frames in the 1990s [1, 2, 3, 4, 5, 6] and later extended to
steel frames [7, 8, 9, 10] and laminated veneer lumber
(LVL) walls and frames [11, 12, 13, 14] in the 2000s.
Because of CLT’s success in mid-rise timber building
applications, the research presented here focuses on
developing the SC-CLT wall system.
The concept is illustrated in Fig. 1 which shows selfcentering CLT (SC-CLT) walls deployed on a particular
story; they can also be deployed to extend over several
stories or be continuous up the entire height of a building
while rocking at their base [15]. Connections at the top
and bottom of the CLT panels consist of PT bars or
strands that run through the height of the wall and are
anchored to the floors or to the top of the wall and the
foundation.

2 DESCRIPTION OF EXPERIMENTS
The test specimens were designed considering 8 and 16story CLT building archetypes that were developed
following a workshop held in Seattle, WA for interested
architects and practitioners that focused on tall CLT
buildings in high-seismic regions and is summarized in
[16]. The test specimens represented, approximately,
either full scale single story SC-CLT walls or 0.4 scale
multistory walls. However, rather than being exactly
linked to a specific prototype, the test specimens were
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primarily designed to explore different potential damage
progressions and limit states by varying key SC-CLT
wall parameters. Additionally, the specimens had to
meet the constraints of the laboratory.
Tables 1 and 2 contain a brief description the key
parameters of the specimens reported on here. Note that
three additional specimens were tested and are described
in detail in [17 and 18]. All specimens had the same wall
thickness (171.5 mm), wall length (1.22 m), and loading
height (4.11 m). The CLT wall panel layers were planed,
glued, and pressed at the Washington State University
Composite Materials & Engineering Laboratory. Note
that the layers were only face glued. Material properties
for the CLT panels, PT bars, and UFP devices are
described below. Each specimen was made up of two
1.22 m wide by 2.44 m tall CLT panels that were
horizontally spliced together at mid-height to create 4.88
m tall specimens. Lateral load was applied near the top
of the specimens. Two panels were necessary due to the
limitations of the available CLT fabrication equipment.
The parameters that were varied were PT bar area, PT
bar initial stress, CLT panel material, base rocking
surface type, and wall configuration although only
selected specimens are reported here.

Specimen 3
Specimen 5
Specimen 6

807
1019
807

0.40fpu
0.32fpu
0.40fpu

334
334
668

Specimens 3 and 5 used two different PT bar sizes, a 807
mm2 area and a 1019 mm2 area, stressed at three
different initial stresses, fp0, in Table 1. All specimens
used 5-ply CLT panels with Douglas Fir Grade 1 boards
(2x4 nominal board size), except for the lower panel of
Specimen 5 which used a structural composite lumber
(SCL) core for the inner 3 layers. SCL is an engineered
wood product created by gluing dried and graded wood
veneers and strands together with adhesive and was used
to increase the compressive strength of the lower portion
of the wall.
Specimen 6 used two walls that used the same bar area
and initial stress as Specimen 3 and were connected with
two UFP devices as illustrated in Fig. 1. The UFP details
are shown in Fig. 2, where Du is the bend diameter of
102 mm, bu is the plate width of 102 mm, and tu is the
plate thickness of 9.5 mm. The lower UFP was mounted
at one third of the total wall height (1.63 m above the
base beam) and the upper UFP was mounted at two
thirds of the total wall height (3.25 m above the base
beam). To attach each UFP to the wall, the configuration
in Fig. 2 was used, where a saddle was created by
welding two 25 mm thick plates perpendicular to each
edge of a third 25 mm thick plate. The plates were
mounted to the CLT walls with timber rivets. A saddle
was attached to each wall at each mounting location. The
UFP was attached to each saddle with three 19 mm
diameter steel bolts.

Figure 1: SC-CLT wall configuration
Table 1: Test specimen descriptions

Test
Specimen
Specimen 3
Specimen 5
Specimen 6

Figure 2: UFP details

Description
Steel base, 5-‐‑ply CLT,
single panel width
Steel base, SCL Core
CLT, single panel width
Steel base, 5-‐‑ply CLT,
coupled wall

Table 2: Test matrix

Test
Specimen

Ap
(mm2)

fp0

T0
(kN)

3 TEST SETUP
Specimens 3, and 5 were tested using the same
experimental setup. Fig. 3(b) shows an annotated
schematic. The setup consisted of a steel base beam, a
PT stressing apparatus, an actuator connected to a
reaction frame and to the CLT wall specimen, and
several out-of-plane restraints. Specimen 6 used two
steel base beams to accommodate the coupled wall
configuration.
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mounted to steel columns that were cantilevered from
the strong floor.
3.1 MODIFICATIONS FOR SPECIMEN 6 –
COUPLED WALL
Specimen 6 consisted of two 5-ply CLT walls connected
together with two UFP devices. The test setup was
modified to accommodate the second rocking panel by
adding a second steel base beam. As shown in Fig. 4,
MC channels with plates welded between their flanges
were mounted on both sides of each wall and connected
via 38 mm diameter hardened steel pins to an HSS 127
X 51 X 8.5 on each side of the walls to distribute the
applied lateral load to both walls and simulate a rigid
diaphragm. All surfaces were greased to reduce friction.
Other aspects of the test setup were similar to that used
for Specimens 3 and 5.

Figure 3: SC-CLT wall test setup

For all specimens, the PT was stressed to an initial stress,
fp0, using a stressing apparatus at the top of the wall
consisting of a steel assembly and a hydraulic ram. The
PT was anchored to the base beam at the bottom of the
wall and to a 559 mm long steel box at the top to spread
the load out into the wall. A load cell was used to ensure
the desired initial force was achieved and was left in
place to monitor the change in PT bar force during the
test.
Lateral load was applied to each specimen via an
actuator attached to the wall at a height of 4.11 m from
the top of the base beam and connected to a reaction
frame that transferred the lateral force to the strong floor.
The actuator was connected to two MC channels, one on
each side of the wall, that were fixed to the CLT walls
with Simpson Strong-Drive SDS screws. The two
clevises at each end of the actuator ensured the actuator
would only apply load in its axial direction. A load cell
was attached between the actuator and the clevis
connection to the CLT wall to measure the applied
lateral load. To ensure transfer of the shear force at the
base of the specimens, two 203 mm long 127 X 127 X
12.7 mm steel angles bolted to the base beam were used
as shear keys.
Out-of-plane movement of the CLT wall specimens was
prevented at the base and at a height of 3.05 m. At the
base, two 813 mm long 127 X 127 X 12.7 mm steel
angles bolted on either side of the wall to the base beam
were used. The upper out-of-plane restraint was provided
on both sides of the wall using a low-friction sliding
polytetrafluoroethylene (PTFE) interface between
channels mounted to the walls and HSS sections

Figure 4: Coupled wall test setup details

3.2 INSTRUMENTATION
The instrumentation layout was designed to measure the
global response of the specimens, the behavior at the
rocking interface, and the shear and flexural deformation
of the CLT panels. The applied load was recorded using
the actuator load cell and the lateral displacements of the
specimens were determined from a string displacement
potentiometer connected between the wall and a fixed
reference point at the actuator’s elevation. In both cases
the measurements were corrected for changes in
geometry during loading. The PT bar force in each
specimen was measured in two ways: (1) by a load cell
at the top of the specimen and (2) by averaging readings
from two strain gages attached bar near the top of the
specimens.
The instrumentation on the lower part of the wall for
Specimens 3, and 5 is shown in Fig. 5. A series of linear
potentiometers spanned between the bottom of the CLT
panel and the steel base beam to measure the CLT panel
deformation and the amount of gap opening. Eight linear
variable differential transformers (LVDTs) were
mounted on the lower CLT panel to measure shear
deformations using a method similar to [19]. Two
inclinometers were placed on the lower panel to measure
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wall rotations that were used to calculate elastic
properties of the CLT panels. Specimen 6 did not have
the LVDTs to measure shear deformation. More
information on specimen instrumentation can be found
in Ganey (2015).

instrument reading errors. The values in Table 3
highlight the variability in CLT material properties.

Figure 6: CLT compression tests

Figure 5: Instrumentation details

3.3 LOADING PROTOCOL
All specimens were subjected to the same quasi-static
cyclic loading procedure. The procedure consisted of 18
steps at increasing target drift ratios with three fully
reversed cycles at each step. The loading was controlled
by the actuator LVDT resulting in small differences
between the target and achieved drifts. Additionally, it
was found that the reaction frame had a slightly smaller
stiffness when the specimens were loaded in the north
direction (positive drift) which resulted in slightly larger
applied drifts in that direction. At points of interest,
which were generally at peak displacements, the loading
was paused to allow for observations of the specimens.

4 MATERIAL AND COMPONENTS
TESTING
CLT panel material properties were estimated from ten
tests on 278 mm tall 3-layered short CLT columns, two
tests on 510 mm tall 5-layer short CLT columns, and one
test on a 510 mm tall SCL core specimen. The 5-layer
and SCL core columns were cut from the CLT panels
used in the rocking wall experiments while the 3-layer
specimens were made separately using the same lumber
and fabrication process as the wall specimens. The
columns were compressed in a universal testing machine
as shown in Fig. 6 and the stress versus strain results are
shown in Fig 7, where the strain is calculated as the
average over the full column length, and the average
elastic modulus for all CLT short column tests is given
in Table 3. CLT Material properties estimated from the
instrument data collected during the low amplitude
cycling of several of the wall specimens are also shown
in Table 3. In this case, the elastic modulus was
estimated from the rotation meter data and the shear
modulus was estimated from the LVDT data. Specimen
5’s shear modulus could not be calculated because of

Figure 7: CLT compression tests
Table 3: CLT material properties

Test
Specimen
Specimen 3

E
(MPa)
4937

Specimen 5

9556

Specimen 6

4937

G (MPa)
1372
Not
Available
01372

Table 4: PT bar properties

Diameter
(mm)
32
36

fy
(MPa)

fu
(MPa)

929
911

1019
1103

Tension tests were conducted on unused sections of the
two PT bars with results shown in Table 4. A set of two
UFPs were cyclically tested in a universal testing
machine as shown in Fig. 8. The experimental results
are shown in Fig. 9 with the yield and plastic forces
calculated with analytical formulas from [20] using the
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actual material yield stress shown as dashed lines. An
initial stiffness of 3 kN/mm and a yield force of 18.7 kN
were found from the testing. The yield stress of the UFP
material was found to be 414 MPa from tension testing.

degradation with increasing drift, resulting in strengths at
the end of testing between 75% and 90% of peak
strength. This degradation corresponded with local CLT
damage at the wall toes.

Figure 10: Specimen 3 results

Figure 8: UFP test setup

Figure 11: Specimen 5 results

Figure 9: UFP test results

5 SC-CLT TEST RESULTS AND
OBSERVATIONS
5.1 SYSTEM RESPONSE AND LIMIT STATES
The hysteretic response for SC-CLT specimens under
lateral load are shown in Figs. 10, 11 and 12, where the
drift is calculated as the displacement of the specimen at
the actuator location divided by the height of the actuator
relative to the rocking interface. As shown in the figures,
the specimens had a flag-shaped hysteresis. Peak lateral
drifts for each specimen are given in Table 4 where in all
cases the drifts were limited by the actuator’s stroke
capacity. All test specimens achieved lateral drift ratios
of at least 8% prior to significant strength degradation
Furthermore, all specimens had slow strength

Figure 12: Specimen 6 results

Table 5 shows drift levels when selected limit states
described in [17 and 18] were reached for each
specimen. These limit states are: 1) decompression at the
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base of the wall (DEC); (2) yielding of the UFP coupling
devices (EDP); (3) the effective linear limit (ELL); (4)
splitting of the CTL panel (SCLT); (5) crushing of the
CLT panel (CCLT); and (6) yielding of the PT bar
(LLP). Depending on the initial PT stress, the specimens,
initiated rocking between 0.3% drift and 0.5% drift. For
Specimen 6, the specimen with coupled walls, the UFPs
yielded at approximately 1.6% drift.
Table 5: Drifts at which selected limits states occurred

Test
Specimen
Specimen 3
Specimen 5
Specimen 6

SCLT
(%)

CCLT
(%)

LLP
(%)

Peak
Drift (%)

3.8
3.5
3.8

7.4
7.3
7.3

4.7
6.5
4.2

9.5
11.0
10.3

bars generally yielded between 4% and 9% drift (see
Table 4). Using the drift at PT bar yield from Table 5
and the base shear versus drift hysteresis curves in Figs.
10-12 it is clear that the hysteresis curves became
considerably more pinched following PT bar yielding.
Yielding resulted in a reduction in the PT bar axial force
at zero drift. After the plastic strain in the bars
accumulated following several increasing amplitude
cycles, the bars in some specimens had zero axial force
at zero drift, and those specimens then had residual drift
at zero base shear. Additionally, permanent deformations
of the CLT at the bottom of the wall and under the PT
anchorage at the top of the wall resulted in the reduction
of PT axial forces and increase in residual drifts. The
CLT damage at the top of the wall, where the PT was
anchored, was largely due to the PT force transferring
through a relatively small area. In practice, distributing
concentrated PT loads over large areas into CLT panels
will be critical for desired resilient performance.

The first visible CLT wall damage occurred between
1.5% and 5% drift for all specimens as shown in Table 4.
Fig. 13 shows representative damage from 5 at the peak
displacements of cycles to 5% drift. As shown, damage
before 5% drift typically consisted of small vertical or
horizontal splits or cracks located at the bottom corners
of the walls. As applied drifts were increased, the CLT
damage increased with the splitting growing longer and
in some cases resulting delamination of the outer layer
boards as demonstrated in Figures 14 which shows
Specimen 5 at the peak of cycles to 11% drift
respectively. For all specimens, the final failure mode
was crushing of the corners of the CLT wall. In some
cases, the damage at crushing was localized to a limited
region around the toe of the wall and in other cases there
was delamination and buckling of the outer layer boards
that extended up the wall (Fig. 14).

Figure 14: Specimen 5 damage at 11% drift

Figure 13: Specimen 5 damage at 5% drift

Figs. 15, 16 and 17 show the PT bar force versus drift for
each specimen with the bar yield force indicated with a
dashed line. As shown, the PT bars yielded for all
specimens. Depending on the initial PT force, the PT

Figure 15: Specimen 3 PT bar force versus drift
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three specimens lost PT force at a similar rate due to
CLT damage with respect to increasing drift. Specimen 3
had the highest initial PT force and its bar yielded at the
lowest drift. The bar in Specimen 5, which had a larger
area and the same initial stress as that of Specimen 3,
yielded at a larger drift but lost most of its initial PT
force after the first excursion to 6% drift while Specimen
3 still had PT force at zero drift until the first excursion
to 8% drift.

Figure 16: Specimen 5 PT bar force versus drift

Specimen 3 shows that when the initial PT stress, fp0, is
as large as 40% of the ultimate PT bar stress, fpu, the
behavior is stable with no degradation of strength out to
4% drift. The subsequent PT bar yielding and PT loss
did not seem to be detrimental. Larger initial PT stress
did cause at an initial PT yielding at a smaller drift but
that the overall behavior was satisfactory. In design, PT
yielding should be avoided until large drifts but the
initial stresses used in these tests all were able to
accomplish that. It should be noted that the drift at which
the PT yields is a function not only of initial stress but
also of the CLT panel aspect ratio, composition, and
other factors not explored here.
5.2.2 SCL Core Panel

Figure 17: Specimen 6 PT bar force versus drift

5.2 EFFECTS OF DESIGN PARAMETERS
5.2.1 PT Bar Size and Initial Stress
The specimens with the larger PT bar (Specimen 5) had
the largest strengths (i.e., base shear and overturning
moment capacities) and the largest post decompression
stiffness (see Fig. 11). This result is consistent with
expectations, in that the larger bar size had a larger yield
strength. Notably, as shown in Table 5, the larger bar
forces in this specimen increased the damage slightly in
the CLT prior to bar yielding relative to the other
specimens. However, despite the increase in CLT
damage, the PT bars in Specimen 5 still yielded during
the tests.
Specimen 5 had the lower CLT panel with the SCL core
instead of the 5-ply CLT panel and this specimen had the
largest strength and initial stiffness. This is due to the
higher strength of the SCL core relative to the 5 ply
CLT, as shown in the material test results in Table 3,
combined with the larger PT bar used. Such
configurations may be useful in applications where
increased strength and stiffness is necessary.
PT bar yielding occurred in Specimens 3 and 5, and both
had lost 100% of the initial PT bar force at zero base
shear by the end of the test. Prior to bar yielding, these

Specimen 5 had the lower CLT panel with the SCL core
instead of the 5-ply CLT panel and this specimen had the
largest strength and initial stiffness. This is due to the
higher strength of the SCL core relative to the 5 ply
CLT, as shown in the material test results in Table 2,
combined with the larger PT bar used. Such
configurations may be useful in applications where
increased strength and stiffness is necessary.
5.2.3 Coupled Wall
Specimen 6 (coupled wall) was expected to have at least
twice the stiffness, strength, and energy dissipation as
Specimen 3 because the same PT bar and initial force
was used in each wall as was used in Specimen 3.
Therefore, the contribution of the UFPs was estimated
by comparing the strength, stiffness, and energy
dissipation of Specimen 6 with twice that of Specimen 3.
The energy dissipation for Specimen 6 was 50% more
than twice Specimen 3 due to the UFPs. This
demonstrates the importance of wall configuration and
the effectiveness of the supplemental devices. Specimen
6 also had more than twice the initial stiffness of the
equivalent single wall, Specimen 3, due to the UFPs
providing some coupling action between the walls.

6 SUMMARY AND CONCLUSIONS
Quasi-static experiments were performed on six SC-CLT
wall specimens to investigate their response to cyclic
lateral loading and the effects of several design
parameters on global behavior. The results showed SCCLT walls have a ductile response, re-centering
capabilities, and good strength and energy dissipation.
The hysteretic response of the walls was pinched due to
CLT damage and PT bar yielding, indicating the
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importance of nonlinear modeling to characterize the
response in seismic load resisting applications. A
hierarchy of desirable limit states was identified
consisting of UFP yielding, CLT crushing, PT yielding,
and CLT splitting. However, the variability in the CLT
response shown in the material tests and experiments
illustrates the need for carefully considered design
procedures.
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FAILURE ANALYSIS OF CLT SHEAR WALLS WITH OPENING
SUBJECTED TO HORI ONTAL AND VERTICAL LOADS
Motoi Yasumura1, K nji Ko ayashi2, Minoru O a

3

ABSTRACT: CLT wall panels having an opening were subjected to horizontal loading and the failure process of CLT
around the opening was compared with the simulation by Finite Element Method. Three types of CLT wall panels of
3500mm length and 2700mm height had an opening of 1500mm length and 900mm to 2000mm height at the center of
the wall panel. During the racking test of wall panel cracks appeared at the corner of the opening. The wall panel was
modelled with three models. One included a single orthotropic plane element calculated from the mechanical properties
parallel and perpendicular direction of lamina layout (Model I). Another included two orthotropic plane elements crossed
each other and connected at each nodal point based on the mechanical property of lamina composing the panel (Model
II). The third model included laminae of 30-by 120mm cross section arranged vertical and horizontal directions (Model
III). The simulation by each model predicted comparatively well the initial shear stiffness of CLT wall panels and the
initiation of cracks at the corner of opening.
KEYWORDS: CLT Shear walls, Horizontal force, Openings, Cracks, FEM analysis

1 INTRODUCTION 123
CLT shear walls include generally one or more openings
which were made by cutting rectangular pieces from a
large CLT panel. It is known that the cracks appear at the
corner of opening when it submits a shear force caused by
seismic or wind action and such a failure mode produces
significant effects on the seismic performance of CLT
structures (Yasumura et al., 2015). Therefore racking tests
were conducted on CLT shear walls with an opening
(Okabe et al., 2014) and the experimental results were
compared with numerical simulation by use of LFEM in
this paper. Three models were prepared to simulate the
wall with an opening, i.e. one consisting of simple
orthotropic plane elements based on 3-ply CLT wall panel,
and another consisting of two orthotropic plane elements
crossing at right angle based on laminae arrangement in
horizontal and vertical directions. In the third model
laminae elements arranged 1mm apart each other in edge
joint composing panel elements which were combined in
right angle in horizontal and vertical directions. All
models showed good agreement in initial stiffness with
experimental results, and predicted well the crack
initiation.

2 RACKING TESTS OF CLT WALLS
2.1

SPECIMEN

Specimens consisted of 3-ply ugi laminae of 120-by
30mm in cross section. Average MOE of lamina in outer
1

Motoi Yasumura, Shizuoka University, 836 Ohya, Surugaku,
Shizuoka, 422-8529 Japan, afmyasu@ipc.shizuoka.ac.jp
2 Kenji Kobayashi, Shizuoka University, Japan,
kobayashi.kenji.b@shizuoka.ac.jp

and inner layers were 7.89 GPa. Three wall panels of
90mm thickness, 3,500mm width and 2700mm height
with an openings of 1500-by 900mm (Type A), 1500-by
1400mm (Type B) and 1500-by 2000mm (Type D) were
prepared. Each layer arranged at right angle and glued
with API. Glue was not applied at the edge joints of
laminae. Openings were cut off by NCN machine after
curing the panel. Laminae of the outer and inner layers
were arranged in vertical and horizontal direction
respectively. Specimen types are shown in Figure 1. Only
one specimen was tested for each type. 90-by 240mm
European Redwood glulam (JAS E95-F315) loading
beam and 90-by 120mm sill were attached to the top and
bottom of the wall panel with steel plates and screws of
65mm length and 6.5mm diameter. Both ends of CLT
panels were connected tightly to steel frame with U-shape
connections and 40 or 24 screws of 65mm length and
6.5mm diameter to prevent from the up-lifts of the ends
of specimen, and also connected to steel frame and sill
with three U-shape shear connectors (12 screws each) and
six steel plates (8 screws each) .
2.2 TEST METHOD
Specimens were connected to steel frames through the sill
with U-shape tension connectors and shear connectors as
shown in Figure 2. An end of the glulam loading beam
was connected to the actuator of 300kN capacity and
connected to the other end of the beam with four steel rods
to apply reversed cyclic loads. The loading beam was
3
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3.1 MODELLING
Three models as shown in Figure 3 were applied for the
simulation. Model I was the model consisting of simple
orthotropic plane elements based on 3-ply CLT wall panel.
The modulus of Elasticity for the horizontal and vertical
directions for CLT panel in Model I were assumed
Ex=2867MPa and Ey=5378MPa from the equations (1)
and (2) .
𝐸𝑥 =

𝐸𝐿 ∙𝑡ℎ +𝐸𝑇 ∙𝑡𝑣

𝐸𝑦 =

𝐸𝑇 ∙𝑡ℎ +𝐸𝐿 ∙𝑡𝑣

𝑡𝑣 +𝑡ℎ

𝑡𝑣 +𝑡ℎ

(1)
(2)

Where, ,
= Modulus of Elasticity of lamina in
longitudinal and transversal grain directions, , =
Modulus of Elasticity of CLT wall panel in horizontal
and vertical directions, th, tv : total thickness of
horizontal (inner) and vertical (outer ) layers.

1000

Figure 1: utline o specimens

supported by lateral supports and the vertical loads were
applied at the top of the loading beams by three actuators.
Racking tests were conducted according to ISO 21581:
2010 (International Standardization Organization, 2010)
with the assumption of ultimate displacement of 40mm
for all specimens. One cycle of 1.25%, 2.5%, 5%, 7.5%,
10% of the ultimate displacement (40mm) and three
cycles of 20%, 40%, 60%, 80%,, 100% and so on were
applied. Constant vertical loads of 30kN were applied by
three actuators (in total 90kN) at the top of loading beam

Model II consisted of two orthotropic plane elements
crossing at right angle based on laminae arranged in
horizontal and vertical directions. Modulus of elasticity of
each layer was taken as those of lamina. In this model
inner and outer layers were modelled separately, but the
edge joints between laminae was not considered, i.e.,
continuous layer without joints was assumed..
Model III followed most closely the actual CLT panels.
First each lamina was modelled by finite elements which
composed the inner and outer layers. 1mm gap was
assumed between lamina edges. These inner and outer
layers were combined to compose a CLT wall panel.
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The boundary conditions of the simulation is shown as in
Figure 4. Wall panel was connected to the base with linear
springs and 30kN vertical forces were applied to beam
element at the top of the panel. Forced displacement was
applied at the end of beam elements.
3.2 MATERIAL PARAMETERS
The material parameters were obtained from the
mechanical tests of materials. Modulus of Elasticity of
lamina of 7980MPa and tensile strength 28.7 MPa were
obtained from the average values of the bending and
tensile tests of laminae. Tensile Modulus of Elasticity
355MPa and strength 1.87MPa in perpendicular to the
grain direction were obtained from the average values in
tensile tests of laminae in perpendicular direction.
Compressive strength 33.6 MPa was obtained from the
compressive tests of laminae. The spring stiffness for the
connection was obtained as the product of the stiffness of
a screw joint ks=2.43kN/mm and number of screws.

(b) Crack at the bottom corner of the openig. Type B
specimen.

4 RESULTS
4.1 FAILURE MODE
Figure 5 shows the failure mode of CLT wall panel in
lateral loading tests. During loading a crack appeared at
the tension corner of the opening, and it continued to
develop in the vertical direction as the lateral load

(c) Crack propagation due to finger jooints. Type D
specien.
Figure 5 :

ailure mo e o C

all panels ith opening
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increased. In Type C specimen, a small crack appeared at
the corner of opening and it began to propagate downward
and vertically but then followed horizontally along the
finger joint.

1 𝑙𝑐
∫ 𝜎 (𝑡)𝑑𝑡
𝑙𝑐 0

= 𝑓𝑡

(3)
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Figures 7 (a) and (b) show the calculated horizontal stress
distribution along the line a1-a2 (Figure 4) of the inner
and outer layers respectively with different sizes of finite
element mesh.
The size of mesh from 2.5mm to 50mm did not influence
a lot on the stresses distribution at the location apart from
the corner of the opening but the tensile stress increased
suddenly near the point a1 and the difference of tensile
stress due to the mesh sizes was significant at the point a1
because of the singularity problem.
Therefore, the average stress criterion was applied to
solve this problem (Yasumura and Daudeville, 1996), i.e.
the average stress for the characteristic distance (lc) was
calculated along the line a1-a2 near the point a1 by the
following equation (3).

Ty

2

Hori ontal load

4.2 LOAD STOREY DRIFT RELATIONSHIPS
The relationships between the lateral load and storey drift
of each specimen are shown as in Figure 6.
In Type A specimen, the lateral load increased lineally up
to approximately 150kN in tension and 130kN in
compression and then showed a slight degradation of
stiffness. A crack of the outer layer appeared visually at
the corner of opening at 300kN peak load which was the
maximum capacity of the actuator, so that the cyclic
loading was stopped at this step.
In Type B specimen, the lateral load increased linearly up
to approximately 110kN and a crack of the outer layer
appeared visually at the corner of opening at the cycle of
200kN. The cracks developed as the load increased up to
220kN. The lateral load decreased slightly as the cyclic
loading proceeded, and the horizontal displacement
attained to approximately 80mm.
In type C specimen, crack appeared visually at the cycle
of 125kN and attained to the maximum load at the cyclic
loading of 145kN. The storey drift continued to increase
as the cyclic loading proceeded up to 85mm.
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Where, t=tensile strength of lamina, 𝑙𝑐 = characteristic
distance, 𝜎(𝑡)= tensile stress along a1-a2.

4.4 CRITICAL STRESS AROUND THE CORNER
OF THE OPENING

Figures 8 (a) and (b) compare the stress distribution and
the critical stress calculated from the equation (3) with the
characteristic distance (lc) of 20mm. Tensile strength of
28.7 MPa was taken for Sugi lamina based on the tensile
tests. These figures show that the critical stresses obtained
from lc =20mm were close to the tensile strength of
lamina when the mesh size was smaller than 10mm even
the peak stress at the point a1 was quite diverse. Therefore,
it was decided to apply 10mm mesh and the characteristic
distance of 20mm for the simulation conducted hereafter.

Figure 9 shows the tensile and compressive stress at the
corner of the opening and the shear stress at the critical
points at the inner and outer layers respectively. The
lateral load was chosen for each specimen so that the
tensile stress of inner lamina at the upper left corner
attained to the critical stress of 28.7 MPa. Following
remarks were obtained from these results;

4
2

2.5mm

B

B

5mm

B

B

10mm

B

B

25mm

B

50mm

B

B
B

2

Ft 2 . MPa

1

2.5mm

B

5mm

J

3J

10mm

H

H

25mm

F

50mm

P

4B

2
1

F
P

1

2
3
4
V rti al distan rom oint a1 mm

Figure 7(a) : ori ontal tensile stress o inner layer in line
a -a

Ft 1.

1

MPa

2
3
4
V rti al distan rom oint a1 mm

Figure 7(b) : ori ontal tensile stress o outer layer in line
a -a
5

2. mm 2, mm
Fa

2 .

MPa

4
Fa

3

2 .

MPa

2
1

Hori ontal t nsil str ss o inn r lay r MPa

1

2
V rti al distan

Hori ontal t nsil str ss o out r lay r MPa

Horizontal tensile stress of inner layer (MPa)

Hori ontal t nsil str ss o out r lay r MPa

1

2. mm 2. mm

4

Fa

1. 31MPa

3.5
3
2.5
2
1.5

Fa

1. 31 MPa

1
0.5
0
4
3
2
1
Vertical distance from point a1 (mm)

4
rom oint a1 mm

5
mm mm
Fa

2 .3 MPa

4
Fa

3

2 .3 MPa

2
1
1
2
3
4
Vertical distance from point a1 (mm)

1 mm 1 mm

60

Fa

2 .2 MPa

50
40
Fa

2 .2 MPa

Hori ontal t nsil

30

str ss o out r lay r MPa

70

20
10
0
1

2
V rti al Dista

3
4
rom oint a1 mm

Figure 8(a) : erage tensile stress o inner lamina or the
characteristic istance lc o
mm hen the elemnt mesh
is
mm
mm, mm mm, an
mm mm ype
specimen, storey ri t
mm, o el

4.5

mm mm

4

Fa

1. 1MPa

3.5
3
2.5
2
1.5

Fa

1. 1 MPa

1
0.5
0
1
2
3
4
Vertical distance from point a1 (mm)

80
Hori ontal t nsil str ss o inn r lay r MPa

4.5

3

Hori ontal t nsil str ss o out r lay r MPa

Hori ontal t nsil str ss o inn r lay r MPa

WCTE 2016 e-book | 3527

5
4.5

1 mm 1 mm

4

Fa

1. 2 MPa

3.5
3
2.5
2
1.5

Fa

1. 2 MPa

1
0.5
0
1
2
3
4
Vertical distance from point a1 (mm)

Figure 8(b) : erage tensile stress o the outer lamina or
the characteristic istance lc o
mm hen the elemnt
mesh is
mm
mm, mm mm, an
mm mm
ype specimen, storey ri t
mm, o el

WCTE 2016 e-book | 3528

Ty
1

A

1. 3
2 .

211 N

2 . 2

Ty B
1
14

F 33.

1.
2 .2

MPa
Fs 2.
N

Ty D
1
2

1.43
Ft 1.

Ty B
1
14

1.

F 33.

1.3
2 . 4

F 33.

1.1
1.

E t rior

1.4
Ft 1.

MPa
F 2. 1 Fs 2.

1 N

Ty D
1
2

1.3

1 N

1.41

1. 1

.

3 .
1.43
Ft 2 .

N

MPa
Fs 2.

.
3 .1

14
1.

1.

3 .14

.

MPa
F 2. 1 Fs 2.

1.

2 .
1.4
Ft 2 .

1.

1. 2
1.1

Inn r

1.

E t rior

3 .2

2 .

1.

1.

14

1.11

211 N

1. 3

2 . 4
1.41
Ft 2 .

1. 1
1.

1.

Inn r

A

32. 2

1.

Inn r

Ty
1

.
1.

MPa
Fs 2.

E t rior

Figure 9 : Calculate tensile, compresi e an shear stresses in inner an outer layers y
at the upper le t corner as appro imately
a in ype specimen at storey ri t

1) When the lateral load was applied at the left end of
the loading beam, tensile stresses appeared at the
upper left corner and lower right corner and tensile
stress of the right lower corner was slightly higher
than that of the upper left corner in Type B and D
specimens. This tendency was more remarkable
when the opening area was larger.
2) When the lateral load was applied at the left end of
the loading beam, compressive stresses appeared at
the upper right corner and lower left corner and these
compressive stresses were higher than the tensile
stress, but they were not critical regarding the
compressive strength of 33.6MPa.
3) All the stresses appearing in the outer laminae were
much smaller than those of the inner lamina, and they
were smaller than critical stresses. This indicates that
the laminae of inner layer attained to the critical stress
before the splitting of outer laminae.
4) The shear stress of the inner layer was almost the
same as the outer laminae. The shear stresses of each
specimen were much lower than the critical stress
when the tensile stress at the corner of the opening
attained the critical stress.

1.
1.42
Ft 1.

o el

mm

MPa
F 2. 1 Fs 2.

hen the a erage tensile stress

5) The shear stress at the side walls decreased as the
length of side walls decreased. Nevertheless the shear
stresses other than the side walls were almost
identical.
4.

COMPARISON OF SIMULATION WITH
EXPERIMENTAL RESULTS

4. .1 Sti n ss
Figure 10 shows the comparison of simulated initial
stiffness and load-displacement relationship in
experiment of each panel. The simulation showed good
agreement with experimental results and all the models (I)
(II) and (III) are appropriate to estimate the elastic lateral
stiffness of CLT walls with an opening.
4. .2 S littin load
Figure 11 shows the comparison of simulated splitting
load with those obtained from the strain measurement of
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the inner lamina near the corner of the opening. It shows
the simulated splitting load agreed comparatively well
with the experimental results but Models II and III tended
to slightly overestimate the splitting load comparing to the
experimental results.
4. .3 Cra initiation and ma imum load
Figure 12 shows the relationship between the simulated
splitting load and the maximum load of the experiment. It
shows that the experimental maximum load was
approximately 1.5 times higher than the simulated
splitting load. This indicates that it may be possible to
predict the ultimate capacity of CLT wall panels with
opening from the numerical analysis of the splitting load
if the material and configuration of the wall panel are
similar to the condition of the specimens tested in this
research and the boundary condition is the same.
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4. .4 Sim li i d d si n ro dur
ith o nin

or CLT

all an l

Many studies have been conducted on the wood framed
shear wall with opening (e.g. Yasumura, 2010) some
design method have been applied to practical use. One of
the possibility for the practical application for the
simplified design procedure for CLT wall panel with
opening is the application of “opening coefficient”
proposed by Sugiyama (Yasumura and Sugiyama, 1984).
The definition of the wall coefficient is as follows;
r=

1
1+𝛼 ⁄𝛽

: α=

𝑙𝑤 ∙ℎ𝑤
𝐿∙𝐻

: β=

𝐿−𝑙𝑤
𝐿

(4)

where, r : opening coefficient, l , h : length and
height of opening, , : length and height of wall
panel..
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Figure 13 shows the relationship between the simulated
lateral resistance and opening coefficient. The simulated
splitting load can be expressed by using the reduction
factor ( ) of opening coefficient. Considering the
maximum resistance of CLT wall is 1.5 times greater than
the splitting load, the maximum and splitting resistance of
CLT wall panel with an opening ( ma ) and ( split) will be
expressed by the following equations using the maximum
resistance of wall panel of the same size without opening.
Considering the general cases the simulations were
conducted without vertical loads which influenced more
or less to the lateral resistance.
F=

𝑟
8−7𝑟

(6)

𝑄𝑠𝑝𝑙𝑖𝑡 = 𝐹 ∙ 𝑄0,𝑠𝑝𝑟𝑖𝑡

(7)

𝑄0 𝑚𝑎𝑥 = t ∙ L ∙ 𝑓𝑠 ∶ 𝑄0,𝑠𝑝𝑙𝑖𝑡 =

𝑄0, 𝑚𝑎𝑥
1.5

[2] Minoru Okabe; Motoi Yasumura; Kenji Kobayashi,
Structural use of cross laminated timber produced of
regional wood, Part 7. Structural performance of CLT
wall panels with opening under cyclic lateral load,
Proceedings of Annual Meeting of Architectural Institute
of Japan, Vol. C, PP. 215-216 (2014)
[3] International Standardization Organization, ISO
21581, Timber structures- Static and cyclic lateral load
test method for shear walls (2010)
[4] Yasumura M. Daudeville L., Fracture analysis of
bolted timber joints under lateral force perpendicular to
the grain, Mokuzai Gakkaishi, 42-3, 225-233 (1996)

(5)

𝑄𝑚𝑎𝑥 = 𝐹 ∙ 𝑄0,𝑚𝑎𝑥

541X.000134 (2015)

[4]Yasumura M, Influence of the boundary conditions on
the racking strength of shear walls with an opening, CIBW18, paper 43-15-1, 1-10 (2010)
(8)

Where, Q0,max, Q0,split : maximum and splitting
resistance without opening, r: opening coefficient, t,
L : thickness and length of entire CLT wall panel, fs
= in-plan shear strength of CLT panel.

CONCLUSIONS
In this study, three models simulating CLT wall panel
with opening were presented. One included a single
orthotropic plane element calculated from the mechanical
properties parallel and perpendicular direction of lamina
layout (Model I), another included two orthotropic plane
elements crossed each other and connected at each nodal
point (Model II), and the third model included laminae of
30-by 120mm cross section arranged vertical and
horizontal directions (Model III). All three models
predicted well the elastic properties and the failure mode
of these panels. By using experimental results and
simulation, simple procedure to predict the splitting and
ultimate resistance of CLT panel with opening was
produced. For the moment this procedure provides only
limited application. It is expected more general procedure
will be developed by proceeding the related research
works in future.
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SEISMIC ANALYSIS OF PIN-SUPPORTED CLT SHEAR WALL SYSTEM
EQUIPPED WITH LOW-YIELD-STRENGTH STEEL DAMPERS
Siyao Ma1, Frank Lam2
ABSTRACT: In this paper, an innovative pin-supported CLT shear wall system equipped with low-yield-strength steel
dampers was proposed. The system consisted of a pair of energy dissipating, CLT shear wall panels connected by lowyield-strength steel dampers. With pin connections at the base of the system, the steel dampers were assumed to act the
sole energy dissipater. A numerical model was developed in OpenSees Navigator for a six-storey CLT buildings with
six proposed shear wall systems to investigate its seismic behavior by analyzing five influential factors, including
damper type, the number of dampers, damper location, different earthquake records versus target earthquake design
response spectrum, and earthquake peak ground acceleration (PGA). The results indicated that with optimized damper
design that structure could provide adequate lateral resistance and deformation capacity.
KEYWORDS: CLT shear wall, Low-yield-strength steel damper, Pin connection, multi-storey, OpenSees Navigator

1 INTRODUCTION 123
Cross-laminated timber (CLT) is an engineered wood
product produced in plate form. CLT panels consist of
several layers of boards stacked crosswise and glued
together on their faces. Edge gluing of the boards is
possible for some manufacturers but not commonly
available. In recent years, CLT has been increasingly
used in the construction of residential multi-storey
buildings. A number of experimental studies [1, 2] on
the lateral response of CLT structures indicated that CLT
wall panels behaved almost as rigid bodies and that the
ductility and energy dissipation of the structures came
from the connections. If the traditional angle-brackets
and hold-downs were replaced with pin connections and
the traditional self-tapping screw connections were
replaced by energy dissipaters, the lateral movement of
the structure under seismic excitations can be controlled
to minimize the damage provided that the energy
dissipation devices are appropriately designed. This is
assuming that rocking walls have inherently selfcentering capacities if its lateral movement can be
controlled.
Low-yield-strength steel is an ideal damping material
because of its insensibility to the ambient temperature,
stable hysteresis curve, and good low-cycle fatigue
characteristic. There have been many theoretical and
experimental research on the low-yield-strength steel [3,
4], showing the effective energy absorption ability of the
1
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damping material applied to different types of structures.
However, little work has been done about CLT shear
walls with low-yield-strength steel dampers.
In this paper, a seismic analysis of a six-storey CLT
buildings with six pin-supported damped shear wall
systems were conducted by using OpenSees Navigator to
study the seismic behavior of the structure. Each of the
CLT shear wall system was constructed as shown in
Figure 1. In a series of dynamic analysis, wall global
responses and damper responses were discussed to
evaluate the influences of damper type, the number of
dampers, damper location, different earthquake records
versus target earthquake design response spectrum, and
earthquake peak ground acceleration (PGA) on the
seismic performance. An optimal design was provided
based on the target performance requirements. Design
recommendations were also given through the results
analysis.

2 STUDIED BUILDING
A six-storey CLT building located in Vancouver B.C.,
was constructed with the pin-connected damped CLT
shear wall systems. For each shear wall system (Figure
1), two pin-supported CLT wall panel elements
connected by low-yield-strength steel dampers
composed an energy dissipating shear wall pair.
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Figure 1: Description of pin-supported CLT shear wall
equipped with low-yield-steel damper

2.1 SIZING OF CLT WALL
Since this an innovative shear wall system, there is not
too much information about the sizing of the wall. The
wall here was sized based on a previous study [6]. Each
CLT wall panel for each storey had a height of 2.44 m, a
length of 2.44 m and a thickness of 0.099 m.
2.2 SIZING OF BUILDING
The main criterion for the building design was to ensure
that the pin connections could sustain base shear forces,
which vary with the weight of the building. Therefore,
the sizing strategy of building was as follows:
Step 1: Estimation
Estimate the number of the paired shear wall systems
needed, the building geometry and the weight of the
building.
In this study, given the assumption that the earthquake
excitations would be exerted along the X-direction, six
CLT shear wall systems were estimated to be along the
X-direction; and, four shear walls along the Y-direction.
The rectangular building assumed to have a length of
15m and a width of 10m. The plan view of the building
is shown in Figure 2.

Figure 2: Plan view of studied building

Step 2: Calculation

Calculate the base shear forces of the building based on
the weight and the site conditions.
In this study, the shear wall panels, which were made of
the three-layer spruce-pine-fir (SPF) CLT panels, had a
density of 440 kg/m3 and a modulus of elasticity of 9094
MPa. The weight of floors was considered to have a
dead load of 1500 N/m2 and a live load of 2000 N/m2[7].
The total weight of the building was 4180.331kN. The
base shear forces could be calculated using Equation (1)
[7]:
𝑆 𝑇 𝑀 𝐼 𝑊
(1)
𝑉≥
𝑅 𝑅
where S(𝑇 )=design spectral acceleration values,
𝑀 =higher mode factor, 𝐼 =important factor, W=mass of
the building, Rd/ RO are relevant factors.
Based on the Vancouver site conditions, the base shear
force for the building was calculated as 1180kN.
Step 3: Check
Check the base shear force for each wall system and for
each pin connection.
In this study, the base shear force for each shear wall
system was 1180/6=197kN. Therefore, for each pin
connection, it was estimated as 197/2=98kN.
Step 4: Design
Design steel rod of pin connection. If the size was
reasonable, this plan would be feasible. However, if the
required pin connections were very large, this plan
would not be feasible; and, it would be necessary to add
more walls or adjust the geometry of the building and to
go through the process again.
In this study, the diameter of the steel rod is determined
by the Equation (2):
𝐹
𝑑= 𝜋
(2)
×𝜎 ×0.6
4
The steel rod was designed to be circular and the
material was considered to be ASTM A36. Its tensile
strength was 400 – 500 MPa (58 – 80 ksi), and its yield
strength was 250 MPa (36 ksi). Based on the base shear
force per connection, the diameter of the circular rod was
28.9mm, which was not too large to sustain.
Therefore, the proposed building sizing was feasible and
was considered for the seismic analysis.

3 DAMPER DESIGN
Low-yield-strength steel damper in the pin-supported
CLT shear wall system worked as energy dissipation
elements and also as connectors. The dampers, which
were located between two wall panels, were assumed to
mainly transfer vertical forces, while the horizontal
floor/roof elements were assumed as rigid elements to
mainly transfer horizontal forces (in tension or
compression). Under lateral loads, the two wall panels
rocking together could work as one shear wall unit. The
dampers bore little tension or compression forces in the
horizontal direction and had minimal axial deformation.
In the vertical direction, the dampers carried shear forces
and were designed to dissipate energy by yielding.
Therefore, the dampers’ shear strength in the vertical
direction was crucial to its energy dissipation ability and
was an important part in the design.

WCTE 2016 e-book | 3533

The dampers were rectangular shape. The steel used was
low-yield-strength steel100 (LYS100, yield strength
100𝑁/𝑚𝑚 ). The vertical design shear strength can be
referenced to the design shear force between the two
CLT wall panels. Damper design mainly contains the
following three steps:
Step 1: Calculate the geometry of the damper
The geometry of the dampers can be determined by
Equation (3):
(3)
𝐹=𝜏
×𝑡×ℎ
Where F=dampers’ design shear strength in the vertical
direction; 𝜏
=maximum shear stress of the LYS100,
155MPa; t=thickness of the damper; h=height of the
damper.
The performance factor, φ, associated with the safety
factor for design, was not considered here. When the
damper yields and exhibits stable hysteretic behaviour, it
needs to reach the maximum shear stress; therefore, an
unfactored maximum shear stress has been used in the
design process. Designing the damper with a factored
shear stress will achieve an oversized damper, which
may not yield to create the needed damping effect.
In this study, different types of dampers were assumed to
have the same thickness and width (6 and 150 mm,
respectively); thus, based on design shear capacity of
dampers, the heights of the different damper types could
be determined by Equation (3). For example, Damper 30
(D30) means the design shear capacity of the damper is
30kN and the height is 33mm.
Step 2: Check out-of-plane buckling of the damper
It was very important to prevent out-of-plane buckling of
the steel plate. Thus, the damper’s width-to-thickness
ratio should be within a certain requirement and should
be checked after the initial design process. The out-ofplane buckling prevention requirement, R, which could
be calculated by Equation (4), to be less than 46 [5].
𝑅
Where 𝜏

=

=
𝜎

𝑊
𝑡

12 1 − 𝑣 𝜏
𝑘𝜋 𝐸

(4)

.

= 57.7 Mpa, 𝜎 . =0.2% offset
3
yield strength of 100 MPa, 𝐸 = 206,000 MPa, 𝜗＝0.3,
W=width of damper, t=thickness of damper, k=buckling
coefficient. The buckling coefficient k is calculated from
Equation (5):
𝑘 = 5.35×(𝑊 ℎ) + 4.0
(5)
Where h=height of dampers.
For example, the R value for the damper D30 is 0.04,
which is much smaller than 46. Therefore, the out-ofplane buckling prevention requirement is met.
Step 3: Check shear deformation of the damper
Besides, when the shear deformation was over 0.15 rad,
the shear force of the damper decreased significantly [8];
thus, its energy dissipation ability decreased
considerably. Therefore, to avoid the degradation period
of the damper, its shear strain (shear displacement/width)
should be less than 0.15 rad.
In the study, the widths of the dampers were all preestablished as 150 mm. Thus, the dampers’ shear
displacement was expected to be less than 22.5mm.

4 NUMERICAL SIMULATION MODEL
The seismic analysis of the building was conducted
using OpenSees Navigator. With the assumption of rigid
floors, the lateral force could be evenly distributed to the
shear walls, and all shear walls were supposed to work in
the same way. Therefore, in order to obtain the seismic
response of the building, it was only necessary to
analyze one of the shear walls; and, the numerical model
could be simplified as shown in Figure 3.
The wall panels were modelled as beams and columns,
which were also considered as ElasticBeamColumn
element objects in OpenSees. The geometric parameters
of the beams and columns were calculated according to
the equivalent cross-section areas and the equivalent
moment of inertia of the wall panel. The geometry
transformation of both beams and columns were defined
as P-delta coordinate transformation. For each storey,
five rigid beams were applied, and the tributary area of
the wall panels was distributed evenly to those beams.
Therefore, the beams were of the same type and each
represented 1/5 of a one-storey wall panel. Two columns
were applied to model the vertical behaviour of the wall
panels, with each column represents one wall panel.
Therefore, the columns were also of the same type, and
the width of each was equal to the width of one wall
panel. Finally, the modulus of elasticity of the beams
was considered to be very large, in order to model rigid
behaviour. The modulus of elasticity of the columns was
defined as 9094MPa.
The connections between the two wall panels were
dampers or floors/roof. The dampers were modelled by
using a zero length element (ZeroLength Element) with
three degrees of freedom. The element was formed by
two nodes, which were at the same location. The forcedeformation relationship of the element was defined by
three uniaxial material objects assigned to its horizontal
direction, vertical direction and rotation. The three
uniaxial material objects were defined separately: elastic
material was used for the horizontal direction and
Steel02 material for the vertical direction. It was
assumed that the damper plate did not rotate; therefore,
no definition for rotation was required.
The floors/roof were modelled as TwoNodeLink
elements in OpenSees. The material along the Xdirection was defined as an elastic material with a large
modulus of elasticity so that the floor/roof could only
transfer forces along the X-direction.
To model the pin connection located at the bottom of the
elastic column, translations of the X- and Y-directions
were both constrained, and the connections were
modelled to rotate only. Therefore, a simple model of the
shear wall system was constructed to represent the whole
building.
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Table 1: Selected earthquake records

No.

Area

PGA(g)

Magnitude

1

Miyagi, Japan

0.243845

7.2

2

Maule, Chile

0.474499

8.8

3

Chichi, Taiwan

0.283

6.2

4

Landers, USA

0.63

7.3

5

Honshu, Japan

0.325146

6.4

6

Nahanni, Canada

0.935

6.8

7

Geiyo, Japan

0.228896

6.4

Since no records of strong earthquakes from the
Vancouver region were available, some earthquakes that
occurred in other places were referenced. The earthquake
information was provided by Selection and Scaling of
Ground Motions S2GM Version 1.1 [9]. The selection of
earthquake records was based on the earthquake
magnitude and tectonic features. As a result, seven
earthquake records were selected, as shown in Table 1.
5.2 GROUND MOTION SCALING
The ground motions were amplitude scaled, so that the
mean spectrum over the period range of 0.2 to 1.5 T
(where T is the fundamental period) did not fall below
the target spectrum by 10% [10].
Fundamental period T was considered as 0.9956 s,
because it was the OpenSees Eigen analysis result for the
optimized design, i.e. each paired shear wall system
equipped with 15 D44 dampers. The damper
optimization is explained in detail in Section 6.
However, since the stiffness of the structure could
change with different applications of the dampers, T
could also change. Changes in T during the scaling were
not considered; however, the range of 0.2 to 1.5 T should
have incorporated all the situations.

6 NUMERICAL ANALYSIS RESULTS
Figure 3: Building model in OpenSees Navigator

5 GROUND MOTION SELECTION AND
SCALING METHODOLOOGY
5.1 SELECTION OF GROUND MOTION
The studied building was assumed to be located in
Vancouver, B.C. and situated in Site Category C.
According to the National Building Code of Canada
(NBCC) 2010, the seismic hazard considered was based
on a 2% probability of being exceeded in 50 years
(2/50). The design response spectrum was determined by
using linear interpolation for intermediate values of the
fundamental period of vibration.

In the numerical analysis, five important factors were
considered: damper type, number of dampers, damper
location, different earthquake records versus target
earthquake design response spectrum, and earthquake
peak ground acceleration (PGA). The seismic responses
were evaluated with respect to the following two criteria:
1) The drift-ratio time-history response of the top
floor, which illustrates the changing of
displacement at the top of the wall over time
during seismic excitations. For tall timber
buildings, the maximum drift ratio must be less
than 2%, and a residual drift ratio less than
0.2% is preferred.
2) The damper response as the relationship
between the damper shear force and damper the
shear displacement, which indicates the energy
dissipation capability of dampers during seismic
excitations. To avoid stress degradation, shear
displacement of dampers should be less than
22.5 mm (shear strain of 0.15 rad).
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The earthquake PGA was considered as 1.0 g. The
influences of each factor are illustrated in detail in the
following subsections.
6.1 INFLUENCE OF DAMPER TYPE
The damper type is determined by the designed shear
strength. Since the width and thickness of different types
of dampers are the same, i.e. 150 and 6 mm,
respectively, the difference lies in the height of the
dampers.
In order to illustrate the influence of damper type on the
seismic response, it was necessary to control other
factors. Fifteen dampers were applied to each shear wall
system of the studied building; the distribution of which
is as shown in Table 2. The No. 2 earthquake (Maule
earthquake, as shown in Table 1) was used. The stated
earthquake hazard level was considered.
Table 2: Damper distribution in the damper type study

No.

1st
storey

2nd
storey

3rd
storey

4th
storey

5th
storey

6th
storey

15

3

3

2

2

2

3

In both situations, three types of dampers were
considered: D44, D100, D200. The analysis results are
shown as follows. The damper response of the No. 1
damper was recorded (the location number is shown in
Figure 3) and was analyzed to make conclusions.

Figure 4: Comparison of drift-ratio time-history responses of
the top floor with different damper types for an earthquake
with a PGA value of 1.0g

Table 3: Seismic response comparison among different types of
dampers for an earthquake with a PGA value of 1.0g

Damper type
Max. drift ratio
(%)
Res. drift ratio
(%)
Max. damper
disp. (mm)

D44

D100

1.57

1.26

0.015

0.04

20.59

16.52

D200
Not
applicable
Not
applicable
Not
applicable

The results show that, when the PGA of the seismic
record reached 1.0 g, the damper displacements,
maximum drift ratios and residual drift ratios with the
D44 and D100 dampers were all less than the
requirements. However, when the shear strength of the
dampers was as large as 200 kN, the analysis only ran
for a short period and failed to converge, because the
dampers were too strong to yield and the earthquake
energy could not be dissipated effectively.
In conclusion, dampers, on the one hand, dampers must
be large enough to provide effective energy dissipation,
so that drifts of the building can meet the requirements.
On the other hand, if the dampers are too strong, they
will hardly yield, and the energy dissipation will be work
effectively. Therefore, an optimal design is required to
decide the damper type. In this case, 15 D44 dampers
provided a good design.
6.2 INFLUENCE OF DAMPER NUMBER
The damper number refers to the total number of
dampers used for one shear wall system. Since the model
had 24 locations available for dampers, the maximum
number was 24.
To evaluate the influence of the damper number, the
seismic hazard levels considered were the same as those
in 6.1. D44 was the type of damper used. In order to
minimize the influence of damper location, the dampers
were as evenly distributed to each storey as possible. For
example, when applying 12 dampers, each storey was
equipped with 2 dampers (the locations are shown in
Figure 3).
In this study, 12, 15 and 18 dampers were investigated.
the distribution of dampers for each storey with the
different number of dampers is presented in Table 5. The
study also recorded the response of the damper in the
No.1 location for all situations.
Table 4: Damper distribution along the building

Figure 7: Comparison of damper responses with different
damper types for an earthquake with a PGA value of 1.0g

No.

1st
storey

2nd
storey

3rd
storey

4th
storey

5th
storey

6th
storey

12
15
18

2
3
3

2
3
3

2
2
3

2
2
3

2
2
3

2
3
3

The analysis results are shown as follows.
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In conclusion, the number of dampers also needs to be
optimized. The dampers should provide enough energy
dissipation capability and should not increase the
stiffness of the building too much. In our study, the
optimal number was 15 D44 dampers.
6.3 INFLUENCE OF DAMPER LOCATION

Figure 5: Comparison of drift-ratio time-history responses of
the top floor with different damper numbers for an earthquake
with a PGA value of 1.0g

Based on previous analyses, when the model was
equipped with 15 D44 dampers and the dampers were
distributed in a certain pattern, its responses satisfied all
the requirements. In order to study the influence of
damper location, 15 D44 dampers were distributed in
three different patterns, including the one used in
Sections 6.1 and 6.2. The excitations of the No. 2
earthquake (Maule earthquake) considered here was also
the same as in the previously mentioned sections.
The distribution of dampers is illustrated by counting the
number of dampers for each storey (shown in Figure 3)
and as listed in Table 7.
The analysis results are shown as follows, with the
responses of the damper at the No. 1 location recorded
for the analysis.
Table 7: Damper distributions with the building

Figure 9: Comparison of damper responses with different
damper numbers for an earthquake with a PGA value of 1.0g
Table 6: Seismic response comparison among different damper
numbers for an earthquake with a PGA value of 1.0g

Number of dampers
Max. drift ratio (%)
Res. drift ratio (%)
Max. damper disp.
(mm)

12
2.15
0.40

15
1.57
0.015

18
1.66
0.43

27.18

20.59

23.00

The results show that, under a more severe seismic
excitation (PGA = 1.0g), the results of the three cases
considered were quite different. The building with 12
dampers exceeded the maximum drift limit, the residual
drift limit and the maximum damper displacement. This
resulted from the fact that the number of the dampers
provided was inadequate. Therefore, it may be necessary
to provide more dampers, so that earthquake energy can
be dissipated more efficiently.
When the building was equipped with 15 dampers, the
maximum drift ratio was less than 2%, the residual drift
ratio was less than 0.2%, and the maximum damper
displacement was less than 22.5 mm. However, if the
number of employed dampers was increasing to 18, the
drifts became larger again, with the residual drift and
maximum damper displacement exceeding the
requirements. The reason may be rooted in the fact that
increasing the number of dampers also increased the
stiffness of the building. With too many dampers, the
building was so stiff that the self-weight could not
provide enough restoring force to make the building rock
back.

No.
1
2
3

1st
storey
3
4
3

2nd
storey
3
4
3

3rd
storey
2
4
3

4th
storey
2
3
2

5th
storey
2
0
2

6th
storey
3
0
2

Figure 6: Comparison of drift-ratio time-history responses of
the top floor with different damper locations for an earthquake
with a PGA value of 1.0g

Figure 11: Comparison of damper responses with different
damper locations for an earthquake with a PGA value of 1.0g
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Table 8: Seismic response comparison among different damper
locations for an earthquake with a PGA value of 1.0g

Damper distribution
Max. drift ratio (%)
Res. drift ratio (%)
Max. damper
displacement (mm)

No. 1
1.57
0.015

No. 2
2.40
1.07

No. 3
1.67
0.38

20.59

29.13

22.44

The results show that, When the PGA of the earthquake
reached 1.0 g, in the No. 1 case, all the requirements
were still satisfied. However, the maximum and residual
drifts and the maximum damper displacement in case
No. 2 all exceeded the requirements; and, the residual
drift and maximum damper displacement exceeded the
requirements in the third case (No. 3). Therefore, the No.
1 case had the best damper distribution pattern.
In conclusion, it was shown that damper location may
influence seismic behaviour, especially on drifts of the
building. This analysis also indicated that the dampers
would better be distributed evenly in the building. In our
case, the dampers should be located according to the
pattern in the No. 1 case.
6.4 INFLUENCE OF DIFFERENT
EARTHQUAKE RECORDS VERSUS
TARGET EARTHQUAKE DESIGN
RESPONSE SPECTRUM
The results from previous study showed that, according
to the No. 2 earthquake, the optimized design was 15
D44 dampers distributed as evenly as possible to each
storey. Responses to more earthquakes needed to be
investigated, in order to check the design. There were
seven types of earthquakes considered, with each
occurring in a different location. For each earthquake,
the earthquake record with the PGA was scaled to 1.0 g.
The result is shown as in Table 9.
The results showed that, when the PGA of the
earthquakes reached 1.0 g, the maximum drifts of the
Nos. 3, 4 and 7 earthquakes exceeded the requirement,
and the residual drifts of the Nos. 3, 4, 5 and 7
earthquakes exceeded the requirement. Therefore, the
design may be just an optimized option for the
earthquake considered.
Table 9: Seismic response comparison among the earthquake
excitations for a PGA of 1.0g

Earthquake

Max. drift ratio (%)

Res. drift ratio (%)

No. 1

1.22

0.012

No. 2

1.57

0.015

No. 3

3.00

0.91

No. 4

2.05

0.53

No. 5

1.96

0.51

No. 6

0.75

0.021

No. 7

2.67

0.52

The reason for the large residual drifts in some cases was
that the restoring force after strong excitations may not
have been enough to make the wall system rock back.
Therefore, it may be necessary to provide some methods
to improve the restoring force, such as using posttensioned tendons.
In conclusion, in order to make sure the seismic design
satisfy all the requirements, the seismic excitation
selected for analysis should be the best fit for the site
condition of the building. Some methods for increasing
restoring force are recommended, so that the design can
be more effective in more cases.
6.5 INFLUENCE OF EARTHQUAKE PEAK
GROUND ACCELERATION (PGA)
In order to provide a comprehensive assessment of the
behaviour of the building under seismic excitations, an
incremental dynamic analysis was conducted by scaling
the PGA values of the seven earthquake records from 0.1
to 1.0 g.
Based on the optimized design under the No. 2
earthquake, 15 D44 dampers were distributed as evenly
as possible to each storey, and the results of the seven
earthquakes were compared.
The analysis results showed that, the PGA increased, the
drift of the wall and the shear displacement of the
damper both almost kept growing. Under the Nos. 3, 4
and 7 earthquakes, the maximum drift ratios of the top
floor were 3.00%, 2.05% and 2.67%, respectively, which
were larger than the required 2%. However, when the
PGA of No. 4 earthquake was less than 1.0 g, the
maximum drifts were all less than 2%. When the PGA of
the No. 7 earthquake was less than 0.5 g, the maximum
drifts satisfied the requirement; and, when the PGA of
the No. 3 earthquake was equal to or less than 0.8 g, the
maximum drifts met the requirement. In the other four
cases (Nos. 1, 2 5 and 6 earthquakes), even when the
PGA reached 1.0 g, the maximum drift ratio was less
than 2%.
In terms of the dampers’ responses, under the Nos. 3 and
7 earthquakes, the shear displacements were around 35
mm (shear strain of 0.23 rad) and 27 mm (shear strain of
0.18 rad) for the Nos. 3 and 7 earthquakes, which were
both larger than the required 22.5 mm. For the other five
cases (Nos. 1, 2, 4, 5 and 6 earthquakes), the shear
deformations were within the requirement. However, for
the Vancouver area, under the design seismic hazard of a
2% probability of being exceeded in 50 years, the PGA
was considered to 0.46 g. In this case, all the damper
deformations were less than 22.5 mm. Therefore, the
seismic responses of the building satisfied the
requirements.
In conclusion, since seismic responses of the building
increase with increasing PGA value, once responses that
exceed the requirement are obtained under a certain level
of seismic hazard, it is reasonable to indicate that such a
level of seismic hazard is the maximum that the building
can handle.
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7 CONCLUSIONS
The case study elucidated the building performance
using numerical analysis method and also provided some
guidance and advice for the optimal design of the
proposed shear wall system.
The innovative pin-supported CLT shear wall equipped
with low-yield-strength steel dampers characterized by a
relatively simple work mechanism showed a good
potential of energy dissipation ability in the seismic
analysis. Under small earthquakes, the dampers could
dissipate energy to control the motion of the building.
Under large earthquakes, the dampers were designed to
be the first protector and also improved the ductility of
the system. After major earthquakes, only some
damaged dampers would need to be replaced. In this
way, it would be much easier for building retrofit. In
summary, the pin-supported CLT shear wall system
equipped with steel dampers offers a good option for
improved building seismic performance in multi-storey
timber buildings.

8 FUTURE WORK
There is still some work needed to allow the new shear
wall system to be applied in practice. First, the study
only considered the low-yield-strength steel damper as a
rectangular shape. However, there is always stress
concentration around corners in small panels, which may
cause failure of the damper before the shear strain is
fully utilized. Therefore, it may be necessary to optimize
the shape of the damper. Second, Since the damper is the
only source of protection in the system, it may be
necessary to provide a second type of protection to
ensure that the system will not collapse if/when the
damper fails. Last, experimental tests on the proposed
shear wall system are necessary, since this research was
only based on numerical analyses, with many
assumptions. For example, further experiment study will
be required to determine the capacity reduction factor in
the low-yield steel design. It will be necessary to do
some experimental tests to verify the results of the
numerical study before putting the system into practice.
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DEVELOPMENT OF A HEAVY TIMBER MOMENT-RESISTING FRAME
WITH DUCTILE STEEL LINKS
Ryan Gohlich1, Jeffrey Erochko2
ABSTRACT: To improve the seismic performance of mid-rise heavy timber moment-resisting frames, a hybrid timbersteel moment-resisting connection was developed that incorporates specially detailed replaceable steel yielding link
elements fastened to timber beams and columns using self-tapping screws (STS). Performance of the connection was
verified using four 2/3 scale experimental tests. The connection reached a moment of 142 kN·m at the column face
while reaching a storey drift angle of 0.05 rad. Two specimens utilizing a dogbone detail in the steel link avoided
fracture of the link, while two specimens absent of the dogbone detail underwent brittle failure at 0.05 rad drift. All four
test specimens met the acceptance criteria in the AISC 341-10 provisions for steel moment frames. The STS
connections exhibited high strength and stiffness, and all timber members and self-tapping screw connections remained
elastic. The results of the experimental program indicated that this hybrid connection is capable of achieving a ductility
factor similar to that of a steel-only moment-resisting connection. This research suggests that the use of high ductility
factors in the design of timber systems that use the proposed hybrid connection would be appropriate, thus lowering
seismic design base shears and increasing structure economy.
KEYWORDS: Replaceable link, yielding hinge, self-tapping screw, moment-resisting frame, hybrid timber-steel

1 BACKGROUND AND SCOPE 123
This study aims to incorporate specially designed steel
components into a predominantly timber momentresisting frame (MRF) as a means of improving the
seismic performance of mid-rise heavy timber buildings.
Although the high strength-to-weight ratio of timber
makes it a promising material for use in seismic design,
the orthotropic nature of wood makes it difficult to
develop strong or ductile moment-resisting connections,
since such connections are prone to causing
perpendicular to grain splitting. Consequently, the
seismic performance of most existing timber MRFs fall
short of equivalent systems made of steel or concrete.
For structures with equal ductility, the comparatively
low weight of wood results in a structure that is
significantly lighter than an equivalent steel building.
This reduced seismic weight can drastically lower the
seismic base shear for the design of the lateral load
resisting system. This, in turn, may results in
comparatively smaller structural members and
connection components and potentially offset the higher
cost of timber building material; however, due to the
limited ductility of timber under certain loading
conditions, the National Building Code of Canada
1

Ryan Gohlich, Carleton University, Canada,
ryan.gohlich@carleton.ca
2 Jeffrey Erochko, Carleton University, Canada,
Jeffrey.Erochko@carleton.ca

restricts the ductility factor of timber MRFs to 2.0 [1].
This requirement for higher design loads due to lower
ductility largely negates the strength-to-weight benefits
inherent in a timber structure. To leverage the strengthto-weight benefit in a seismic context, the timber
structure needs to have comparable ductility to the steel
structure. This can be achieved through the use of select
well-detailed steel components to act as the primary
yielding mechanism, while constructing the remaining
structural elements out of wood. One such high-ductility
hybrid structural system is proposed in this study for use
in timber moment frames. The experimental tests of this
system suggest that this hybrid structure can be designed
using a ductility factor equivalent to that of a ductile
steel-only MRF (5.0 as specified in the NBCC) [1].
There have been some past studies focusing on
improving the global hysteretic performance of
predominantly timber frames by either adding timber
reinforcement to delay the onset of brittle failure modes,
or through the use of steel yielding mechanisms. Thus
far, there have been no studies on hybrid timber-steel
moment-resisting connections at a scale sufficient
enough for use in a mid-rise structure.
Bouchair et al. [2] showed that by reinforcing steel
dowel connections with a punched or glued in side plate
(to increase tension perpendicular-to-grain strength),
ductility of this type of moment connection can be nearly
doubled. However, achievable ductility still falls short of
the ductility assigned to ductile steel moment-resisting
frames.
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Closen [3] developed a moment connection that fastened
a steel collar to a wood beam and column using STS and
ZD-plates. The seismic performance of multiple
specimens was evaluated using reverse cyclic loading
tests. This connection was designed to promote failure of
the screw connection in order to allow designers to better
predict the capacity of such connections, and design the
steel yielding elements accordingly. Overall, high
capacity and stiffness was reached with high plastic
rotations, however ductility was limited by brittle failure
modes in the timber panel zone.
Andreolli et al. [4] developed a hybrid connection using
a steel section with welded on end-plates which were
connected to timber elements by means of glued-in rods.
Unlike the nonlinear replaceable link proposed in this
study, Andreolli’s connection was detailed such that
ductility was achieved through yielding of the steel endplate. Three possible failure modes were seen during the
experimental tests: end-plate yielding (ductile), failure of
the glued-in rod (potentially brittle), and a combination
of the two. Cyclic tests showed high rotation capacity
(up to 0.1 rad) with moderate pinching behaviour.
Other studies incorporating steel yielding mechanisms
into predominantly timber frames were performed by
Humbert [5], Komatsu [6], and Nakatani [7].
For this study, ductile beam yielding mechanisms,
typical of high-ductility steel MRFs, are adapted into a
heavy timber context. This approach utilizes a reduced
steel beam section near the beam-column interface,
fastened to the timber members using inclined fullythreaded self-tapping screws (STS). Use of the reduced
beam section localizes seismic damage to a single
connection component capable of dissipating large
amounts of seismic energy that would be unachievable
by timber connections alone. The use of capacity design
principles ensures that all timber members, STS
connections, and weld components remain elastic during
seismic loading, and slip in the steel-to-timber
connection is minimized. The yielding component is
detailed such that it is removable and replaceable,
lowering the cost and time required for post-earthquake
repairs. Furthermore, all methods of detailing adopted in
the development of this connection are based on preexisting design criteria already familiar to practicing
engineers; this will facilitate the adoption of these hybrid
systems in practical design applications.
The results of the experimental program suggest that the
proposed new hybrid steel-timber moment frame system
has comparable ductility to a high-ductility steel MRF. .
It also showed that the timber members and STS
connections may be easily designed to remain elastic
during an earthquake. The results of the experimental
program were also used to examine the behaviour of full
hybrid MRFs using nonlinear dynamic time history
analysis (in a separate study).

2 DESIGN OF HYBRID CONNECTION
A conceptual beam-column connection was developed
and designed using existing applicable Canadian
steel [8], wood [9], and self-tapping screw [10] design
standards. A preliminary structural design of a full-scale

three-dimensional six-storey building was completed to
estimate the maximum moment demand at a
characteristic beam-column interface of the momentresisting frame (MRF) and adequately design and build
prototype test specimens. The building was designed to
be located in Victoria, British Columbia, Canada with a
four-bay braced frame in the North-South direction (total
length of 26 m), and a seven-bay MRF in the East-West
direction (total length of 45.5 m). A layout of the MRF
was developed and an equivalent static seismic analysis
was carried out to determine the initial member sizes for
the MRF. Gravity analysis was completed to design the
gravity frame and adequately estimate the seismic
weight of the building. Once preliminary member sizes
were determined, response spectrum analysis of the
complete three-dimensional structure was performed and
the design was iteratively updated based on strength and
drift criteria until appropriate design forces at the beamcolumn interfaces were obtained.
The analysis of the prototype building yielded a target
moment capacity of 234 kN·m at the lower storey
exterior beam-column connection. Since the steel-totimber connection was designed based on capacitydesign forces, the design moment for the connection was
taken as 350 kN·m, This value reflects the probable
moment capacity of the link under full plastic yielding,
and is given by Mpr = Cpr·Ry·Fy·Ze. In this equation
Cpr = (Fy + Fu) / 2Fy , where Fy and Fu are the steel yield
strength and ultimate strength, respectively. The
overstrength factor Ry = 1.1, and Ze is the effecting
plastic modulus of the reduced link section accounting
for reduction in flange width (if present) [12]. This
probable moment capacity was used as the basis for the
analysis and design of the prototype test setup. To ensure
that the developed connection could be adopted into
buildings of at least six storeys, the connection was
designed to withstand the moment applied to an exterior
beam-column connection at the first floor level. Once
full scale connection design forces were determined, the
capacity design force of the link (350 kN·m) was scaled
down to two-thirds. The scaled down probable moment
capacity (70 kN·m) was used as a basis for design of the
four test specimens that will be discussed in the
following sections.
For this study, the steel-to-timber connection was made
using two configurations of self-tapping screws. The first
utilized STS installed at a 45 degree angle to the grain,
transferring tensile forces from the steel side-plates to
the timber member. These screws were installed in
prefabricated slotted holes with a special 45 degree
washer to ensure that tensile loads were transferred
evenly to the screw head. The second connection type
used STS with ZD-plates. The ZD-plates act as a twoway 30 degree washer, transferring both tensile and
compressive forces from the ZD-plate to the timber
member. Tensile forces are transferred in shear by a
single bolt that attaches each ZD-plate to the steel sideplate.
Figure 1 shows a summary of the STS connection
components used to transfer moments between the steel
collar and the timber beam member. Layouts of both the
45 degree STS connection and the ZD-plate connection
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are presented. The 45 degree STS connection was also
used to transfer moments between the steel panel zone
and the timber columns. Figure 1 a) shows the RBS link
with 45 degree STS connections and perpendicular-tograin reinforcing screws, and Figure 1 b) shows the
regular link with ZD-plate connections.

Figure 1: Summary of Connection Components (from [11])

a) 45 Degree STS Connection
b) ZD-plate Connection

Two link types were considered for testing. The dogbone
link utilized radial flange cuts at mid-length to promote
ductile yielding away from the brittle weld metal. The
regular nonlinear replaceable link used an unaltered wsection. The second link type was used to determine if
the dogbone detail could significantly improve hysteretic
behaviour without influencing the capacity design
forces. Both the regular and dogbone links were sized to
withstand a moment at its centre of Mf, hinge = 70 kN·m,
which corresponds to the probable moment capacity of
the link. To ensure that all other components remained
elastic, they were designed to withstand forces exceeding
the probable peak plastic moment capacity at the
location of the plastic hinge (centre of the link). This
value was estimated using the Moment Connections for
Seismic Applications guideline [12]. In order to transfer
the load from the beam to the link and the link to the
column face, extended bolted end-plate connections
were used at each end of the w-section. The bolted endplate connections were designed according to the
Moment Connections for Seismic Applications
guidelines [12].
During the preliminary design phase, it was determined
that the high panel zone shear forces would likely lead to
excessive longitudinal shear and tension perpendicularto-grain stresses if the panel zone was made of timber.
During a severe seismic event, this would likely result in
the brittle failure of the panel zone and hinder the
effectiveness of the plastic hinge. To avoid this problem,

the timber panel zone was removed from the column and
replaced with a custom steel section comprised of
welded steel plates as seen in Figure 1. The steel panel
zone was detailed according to Limit States Design of
Steel Structures [8] and the Moment Connections for
Seismic Applications Guidelines [12].
The design for the self-tapping screw connections
consisted of the main STS design (45 degree and ZDplate), STS reinforcing screws, steel top and bottom
plates, and verification of the axial capacity of the endgrain of the timber. The capacity design force assigned
to the self-tapping screw connections was the same as
the capacity design force assigned to the adjacent timber
members.
The design of all self-tapping screws was completed in
accordance with the recently released Canadian Code
Approval for SWG ASSY VG Plus and SWG ASSY 3.0
Self-Tapping Wood Screws [10]. All STS used as
primary load transfer mechanisms were installed at a 45
degree angle to the grain so that they were loaded
primarily in withdrawal instead of shear (with the
exception of the ZD-plate screws, which used an
installation angle of 30 degrees). This connection
configuration only allows the STS to transfer tensile
forces through the steel end-plate, so the force on the
opposite member face must be resisted by direct bearing
on the end-grain of the timber beam in order to form a
force couple to transfer the required moment. The high
stiffness of STS loaded in withdrawal allows the force to
be transferred along the screw axis, and avoid weak
dowel-type behaviour when loaded in combined axial
and shear. The equation for estimating the capacity of a
single STS is shown in equation 1 [10]:
Prw ,α = 

0 . 8   ( b  0 . 84  r ) 2  d  l ef  10  6
sin 2 α + ( 4 / 3 )  cos 2 α

 K D  K SF

(1)

where the material resistance factor φ = 0.9 , the material
adjustment factor δ equals 82 for ρ ≥ 440 kg/m3, and 85
for ρ < 440 kg/m3, b = 1, ρ is the mean oven-dry relative
density, d is the outer screw diameter, lef is
the embedment depth of screw and α is the screw
installation angle [10].
An alternative STS connection using groups of tensioncompression (ZD) plates was used for one beam
specimen, as shown in Figure 1. Unlike the connection
using 45 degree STS installed in one direction, the ZDplate consists of screws that are installed in both
directions with a cover plate bearing on each screw head.
This allows the connection to transfer forces in both
tension and compression, where the former connection
type transferred forces strictly in tension. Furthermore,
since screws are installed at a 30 degree angle, more
force is transferred parallel to the timber member
compared to screws with a 45 degree installation angle,
so higher capacity is achieved per screw. The ZD-plate
assembly is shown in Figure 2.
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Figure 2: ZD-plate Assembly [13]

The capacity of a single ZD-plate when no additional
screws perpendicular to the shear plane are provided can
be calculated according to equation 2 [13]. When
additional STS are provided at the end of the ZD-plate
connection (as shown in Figure 1 b)), the capacity is as
shown in equation 3, where the additional screws are
designed to accommodate a tensile force as shown in
equation 4 [13]. The force transferred by these additional
screws is to account for tension perpendicular-to-grain
forces imposed upon the timber member by the
eccentricity in load caused by the space between the
bottom of the ZD-plate (or top of the timber member)
and the location of load application (steel side-plate).

FZD , Rk = Fax , Rk 

3  n ZD  1.3
16 + 0.3  t
1+
a1  (n ZD  1)

F ZD , Rk = F ax , Rk  3  n ZD

Ft ,k = Fax, Rk 

3  n ZD
a1  (n ZD  1) 1

27 + t / 2
4

(2)

(3)

(4)

where Fax,Rk = capacity of a single screw, nZD = number
of ZD-plates, t = steel top plate thickness and
a1 = spacing of the ZD-plates [13].
Since the timber members have the potential to fail
brittly, the timber beams were designed to withstand the
full probable moment capacity of the link, and each
timber column was designed to withstand approximately
half of the moment applied to the column centre. The
moment at the panel zone was split between upper and
lower columns based on relative stiffness.
A strain compatibility analysis was completed in order to
estimate the magnitude of the force that is resisted by the
steel top/bottom plate and the resultant compression
force in the end-grain of the timber element; these two
forces make up the force couple that is necessary to
resist the moment at the connection between the steel
collar and timber element. Strain compatibility analysis
was completed assuming a triangular compressive stress
distribution in the timber [14]. The configuration of the
self-tapping screws in the 45 degree connections (used in
both columns and one of the beam alternatives) allows
the STS to effectively transfer forces only while the steel
plate is in tension. Special 45 degree washers were used
which bear on the screw heads when the steel plate is
pulled. Since the 45 degree STS are unable to effectively
resist compressive forces, the compressive stresses

caused by the bending force must be transferred in
bearing at the end-grain of the timber elements.
For this connection type, the configuration of the
45 degree STS induced tension perpendicular-to-grain
stresses in the timber member. Since the connection was
not detailed such that the primary load transfer STS from
either face crossed each other inside the timber member,
it was necessary to accommodate the tension
perpendicular-to-grain stresses with independent
reinforcing screws, which can be seen in Figure 1a.
These screws were designed with adequate embedment
above and below the expected failure plane in the wood
member (tip of the screw), to ensure that the withdrawal
capacity of the STS was greater than the induced tension
perpendicular-to-grain forces.
Since the ZD-plate connection transfers forces in both
tension and compression, this configuration did not
induce tension perpendicular-to-grain stresses in the
timber member, hence tension perpendicular to grain
screws were not needed as with the 45 degree STS
connection. However, since the ZD-plates effectively sit
on top of the wood member, and the steel side-plate sits
on top of the ZD-plate, there is an eccentricity developed
between the location of the applied load and the location
of load transfer to the timber member. This eccentricity
induces some tension perpendicular-to-grain stress in the
timber member, which is accommodated using
additional STS installed at the end of the side-plate (as
shown in Figure 1), designed to withstand the force
given by equation 4.
Table 1 shows the design forces used to design the twothirds scale test assembly. The design forces for the
nonlinear replaceable link are the forces required to yield
the link. In order to capture the full anticipated plastic
moment in the nonlinear replaceable link, the link
moment capacity was multiplied byCpr·Ry (defined
previously) to calculate the probable plastic moment
capacity of 101 kN·m to use for the design of the
capacity protected elements including the connections,
beams and columns; the forces applied to the remaining
components shown in Table 1. It should also be noted
that the panel zone forces presented in Table 1 are based
on the regular link with no radial flange cuts since the
reduced depth of this link section resulted in higher
panel zone shear forces than the link with the dogbone
detail.
Table 1: Capacity Design Forces

Component
Link
Panel Zone
Beam Collar
Beam STS
Column STS

Moment (kN·m)
70
120
101
101
60

Shear (kN)
55
455
55
55
52

3 EXPERIMENTAL METHODS
3.1 TEST SPECIMENS
Four 2/3 scale beam-column assemblies with nonlinear
replaceable links (NRL) were tested under reverse cyclic
loading at the Carleton University civil engineering
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structures laboratory. The objective of each test was to
evaluate the overall ductility and energy dissipated by
the connection, as well as to verify that expected strength
and deformation levels could be reached without
excessive strength degradation in the link or brittle
failure of the timber members or self-tapping screw
(STS) connections.
Two test specimens used nonlinear replaceable links
with reduced beam section (RBS) details and two
specimens used standard w-section links with no RBS
detail. The former will henceforth be regarded as the
RBS link, and the latter as the regular link. A single
column/steel panel zone assembly was used for all four
tests, and the link was changed for each test.
Furthermore, two different methods were used to
connect the beam element to the link; one used 45 degree
STS and the other used ZD-plates. The results of the four
possible combinations were compared to examine the
effects that each detail had on overall seismic
performance. Table 2 shows the configuration of each of
the four test specimens.
Table 2: Test Specimens

Specimen
MC-1A
MC-2A
MC-1B
MC-2B

Link Type
RBS
Regular
RBS
Regular

Beam Connection
45o STS
45o STS
ZD Plate
ZD Plate

The test specimen, shown in Figure 3, represents a
scaled down version of a second-floor exterior beamcolumn connection. This reduced the space required for
testing since points of inflection were assumed to be
located at mid-height of the upper and lower columns, so
column lengths for use in the test could be taken as half
of the storey height with a true pin at the end. The
moment was applied to the nonlinear replaceable link by
a hydraulic actuator at the tip of the cantilevered beam.

respectively. The steel panel zone and beam collar
components were fabricated using steel plates cut from
300W steel (nominal yield of 300 MPa). The main
timber members were glulam sections, each with a crosssectional dimension of 184x457 mm and grade 24FES/NPG (provided by Nordic Structures). The beam and
columns were of length 2.0 m and 1.5 m, respectively.
Steel-to-wood connections were made using ASSY VG
Plus CSK screws. The primary load transfer screws for
the 45 degree connection were 12 mm nominal diameter,
300 mm long screws, and the perpendicular-to-grain
reinforcing screws for this connection used 8 mm
nominal diameter, 430 mm long screws. The ZD plate
connection used 10 mm nominal diameter, 260 mm long
screws.
Holes were pre-drilled prior to the installation of each
STS in the assembly. This allowed for easier installation,
and ensured that all screws were installed at the correct
angle. Once pre-drilling was completed, the connection
area was cleaned and screws were installed using a hightorque hand drill. Once all STS were nearly tight against
the washer, they were tightened with a torque wrench to
a magnitude recommended by the manufacturer for each
screw type.
The moisture content of all timber members was
approximately 8.5% at all stages of assembly and testing.
3.2 LOADING PROTOCOL
The loading protocol used for the cyclic testing of the
connections was taken from Chapter K of AISC 341-10
Seismic Provisions for Structural Steel Buildings [15],
which deals with the testing provisions for prequalified
steel special and intermediate moment frames. The
specified loading protocol is a cyclic displacement-based
loading history with target displacement amplitudes that
are based on the total storey drift of the frame. The
loading protocol is shown in Figure 4.

Figure 4: AISC 341-10 Loading Protocol (after [15])

Figure 3: Photo of Test Assembly (from [11])

The RBS and regular links were W250x28 and W200x22
sections respectively, and weremade of 350W grade steel
with a nominal yield strength of 350 MPa. The RBS and
regular link end plates were 19 mm and 25.4 mm thick,

The recommended loading sequence from Chapter K
was implemented by controlling the storey drift angle, θ,
of the test frame. This was done by imposing a cyclic
push-pull displacement history to the beam-tip for a
specified number of cycles using a 245 kN actuator
located approximately 1.87 m from the expected location
of plastic hinging (middle of the link). The required
beam-tip displacement was calculated as the product of
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the required storey drift angle and the distance from the
point of loading to the centreline of the column (2.3 m).
Displacements were applied at a constant loading rate of
1 mm/sec. Following completion of the specified
sequence, loading was continued at increments of
θ = 0.01 rad with two cycles per step until acceptance
criteria was reached or severe brittle failure of any
component was observed [15]. A limitation of 0.05 rad
rotation was placed on the magnitude of beam tip
displacement due to interference from the lateral
restraint mechanism under higher storey drift angles. A
0.05 rad storey drift angle was applied cyclically until
failure of the specimen occurred.
AISC 341-10 Seismic Provisions for Structural Steel
Buildings states that the test specimen must sustain at
least one full cycle at a storey drift angle of 0.04 rad
without showing signs of significant strength
degradation [15]. These provisions specify that the
reduced section must sustain an applied moment at the
column face of at least 80% of the nominal moment
capacity of the beam for the duration of the test [15].
Due to the presence of the nonlinear replaceable link, the
failure criteria has been defined as any strength
degradation below 80% of the peak capacity of the
nonlinear replaceable link.

4 EXPERIMENTAL RESULTS
All four tests successfully satisfied the AISC 341-10
qualification protocol [15]. Slight changes in the
expected failure sequence were observed, which can be
attributed to scaling effects and link size. All test
specimens were able to withstand multiple cycles at a
total storey drift angle of up to 0.04 rad without signs of
significant strength degradation. Since the AISC Seismic
Provisions for Structural Steel Buildings only requires
the connection to withstand a single cycle at 0.04 rad
storey drift, based on this experimental program, it can
concluded that the proposed connections meet the
acceptance criteria for prequalified connections [15].
Table 3 below shows a summary of the key test results.
As expected, the failure mode of test MC-1A and MC1B were identical and the failure mode of test MC-2A
and MC-2B were identical. Overall connection strength
was close to the predicted value of 101 kN·mfor all tests.

RBS link specimens if a larger displacement had been
applied to the beam tip during testing. No decrease in
overall connection stiffness or pinching was seen in the
global connection response. STS connection slip was
observed to be on the order of one tenth of a millimetre.
The dogbone RBS detail was successful in localizing
plastic deformations to the centre of the link, resulting in
high ductility and energy dissipation capacity, with little
strength degradation, even at 0.05 rad storey drift. The
regular link specimens formed a plastic hinge near the
column-side of the link, leading to brittle failure of the
end-plate welds at 0.05 rad drift. A majority of the total
drift was accommodated solely by the link rotation
throughout all tests. Overall, the RBS link exhibited
higher performance in terms of ductility and energy
dissipation capacity, failure mode, and rotation capacity
than the regular link detail.
Little difference in overall performance was seen
between the 45 degree STS connection configuration and
the ZD-plate connection. Members designed to remain
elastic (beam/columns, panel zone, and STS
connections) showed no signs of plastic behaviour,
verifying the use of the capacity-design method. No
crack formation was observed in the timber elements,
showing that the reinforcing screws were successful in
avoiding tension perpendicular-to-grain failure of the
timber.
Figure 5 shows a photo of each link specimen
(subsequent to testing) where a majority of the inelastic
behaviour has taken place. Links with the dogbone detail
shown in a) and c) exhibited ductile behaviour at
multiple cycles of 0.05 rad storey drift, and testing
ceased due to excessive out of plane movements.
Additional cycles would risk damaging the beam and
column components of the connection, which were to be
reused in subsequent tests. Links shown in b) and d)
exhibited ductile behaviour at all cycles of 0.04 rad
storey drift, however sudden failure by means of flange
fracture occurred when displaced to 0.05 rad storey drift.
Further cycling resulted in complete fracture of the entire
link cross-section.

Table 3: Summary of Test Results

Specimen
MC-1A
MC-2A
MC-1B
MC-2B

Failure
Mode
Out of Plane
Flange Fracture
Out of Plane
Flange Fracture

θP
(rad)
0.037
0.037
0.035
0.036

Mmax
(kN·m)
142
114
134
110

μ
4.3
4.0
4.3
4.1

Examination of the global hysteretic response and
behaviour of the STS connections showed that the
strength of the hybrid connection is similar to that of a
modern steel-only moment-resisting connection. High
ductility was achieved. The ductility was slightly lower
than the target ductility factor of 5.0; however, it is likely
that higher ductility could have been achieved for the

Figure 5: Link Failure Modes (from [11])
a) MC-1A b) MC-2A c) MC-1B d) MC-2B
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In all four tests, the nonlinear replaceable link
contributed to approximately 90% of the total storey drift
during the final cycles at 0.05 rad storey drift angle. A
majority of the plastic rotation observed during testing
was accommodated by the link portion of the
connections, while the timber beam and columns, steel
panel zone, and STS connections remained entirely
elastic throughout all four tests, even when being reused
for multiple tests.
4.1 FRAME PERFORMANCE
Figure 6 shows the global moment (at the column face)
versus total storey drift angle hysteretic response of the
frames with the RBS link-types (tests MC-1A and MC1B). The first test specimen is an RBS link was able to
sustain a peak load of 69 kN at 0.05 rad storey drift,
which corresponds to a peak moment at the column face
of 142 kN·m. Performance of the second RBS link
specimen was similar, achieving a peak beam tip load
and column face moment of 64 kN and 131 kN·m
respectively. Figure 6 also indicates the value
corresponding to 80% of the peak load (0.8Fpeak); if the
applied moment at the final stage of testing is above the
indicated value, the specimen has met the acceptance
criteria. The estimated peak load for each specimen was
calculated as Fr·Ry·Cpr, where Fr is the beam tip force
required to cause a moment in the link equal to the
nominal moment capacity. Specimens MC-1B and MC1B reached loads of approximately 62 kN and 63 kN
during the 0.04 rad cycle, with no signs of strength
degradation. To meet the failure criteria, the connection
was required to sustain a complete cycle at 0.04 rad drift
without strength deteriorating below 55 kN (MC-1B)
and 51 kN (MC-1B). Although slight strength
degradation reduced connection resistance during the
second cycle at 0.04 rad, strength did not fall below 80%
of the peak resistance, and both connections met the
acceptance criteria specified by the AISC Seismic
Provisions for Structural Steel Buildings [15]. More
significant strength degradation was present during the
0.05 rad cycles after local flange buckling became more
excessive. Further strength degradation would likely
occur if the test continued due to low-cycle fatigue of the
link flanges. The hysteretic response for both specimens
was found to be quite stable, with no signs of pinching or
sudden strength drop. There was little deformation in the
STS connections and no significant bolt elongation in the
bolted end-plate connection. Furthermore, the
connections stayed within the elastic range under design
level forces. The maximum resistance of the both links
was greater than anticipated, but there was no evidence
that this impacted the performance of the members
designed to remain elastic under capacity-design forces.
By comparing the total storey drift response to the
plastic storey drift response, it was shown that
approximately 76% (0.037 rad) and 70% (0.035 rad) of
the total storey drift was accommodated by plastic
rotations in the link for tests MC-1A and MC-1B
respectively. This indicates that high levels of ductility
and energy dissipation were exhibited by the RBS links
in both cases.

Figure 6: Hysteretic Response of RBS Links (from [11])

The global hysteretic response (moment versus rotation)
of the specimens MC-2A and MC-2B (which used
regular links) are shown in Figure 7. Specimen MC-2A
sustained a peak applied load at the beam tip of 54.9 kN,
corresponding to a moment at the column face of
114 kN·m at 0.05~rad storey drift, which is close to the
estimated full plastic capacity of the connection
(52.2 kN). This connection reached a load of
approximately 52 kN during both cycles at 0.04 rad
storey drift. As indicated on the plot, this is higher than
80% of the peak load, meaning that the acceptance
criteria for this connection was satisfied. Specimen MC2B reached a peak beam tip load and column face
moment of 53 kN and 110 kN·m respectively, and also
met the acceptance criteria for prequalified momentresisting connections. The failure sequence was similar
for both specimen MC-2A and MC-2B. There were no
signs of strength degradation in either connection up to
the peak drift of 0.05 rad. No drop in force was observed
until fracture occurred during the second cycle at
0.05 rad storey drift. Some cracks in the web were
observed during the second 0.05 rad cycle for specimen
MC-1A, and the last 0.04 rad cycle for specimen MC2B, but no drop in force associated with this initiation of
cracking in the web. The initial force drop during the
second cycle coincided with fracture of the link flange.
Loading continued with little resistance until the drift
limit was reached. During the unloading portion of the
cycle, the gap due to the flange fracture closed and the
specimens retained some stiffness due to bearing of the
fractured flange on the end-plate. Strength then increased
until complete fracture of the entire link cross-section
occurred. Both global hysteretic responses were very
stable and resembled that of a typical steel-only momentresisting connection. No sign of pinching was present in
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the hysteresis, indicating that there was likely little bolt
elongation at the end-plates, and little slip in the STS
connections. Furthermore, the connection remained
elastic under design loads.
The peak plastic storey drift angle was found to be
0.037 rad for specimen MC-2A, meaning that 74% of the
total storey drift angle was accommodated by plastic
rotation in the link, and 0.036 rad for specimen MC-2B,
meaning that 72% of the total storey drift angle was
accommodated by plastic rotation.

The maximum ductility of the RBS and regular link
connections were found to be 4.3 and 4.1 respectively.
The target ductility used in the design of the connection
was 5.0, based on the NBCC (2010) for steel ductile
moment-resisting frames. The specimens with the RBS
links achieved higher maximum ductility than the
specimens with the regular link, even though the
maximum deformation was the same for both, because
the elastic stiffness of the RBS link was higher.
Although the ductility was high, it fell short of the target
ductility of 5.0 for ductile steel moment resisting frames.
If the imposed displacement of the frame was not limited
to 0.05 rad storey drift angle by the test setup, the RBS
connections could have sustained a higher ultimate
displacement and achieved a maximum ductility closer
to the target value. Furthermore, since the 2/3 scale
regular links used for the test specimens did not meet the
target scaled stiffness due to limited availability of
section geometries, yield rotations were higher than
desired which also lowered ductility. Tests at a larger
scale with higher initial connection stiffness would likely
exhibit greater ductility, so the use of a higher ductility
factor for seismic design may still be justifiable. These
tests verify that a high ductility factor can be achieved
with the proposed connection, however future tests
should be performed to determine if a maximum
ductility of 5.0 is achievable at full-scale.
4.2 SELF-TAPPING SCREW PERFORMANCE

Figure 7: Hysteretic Response of Regular Links (from [11])

The peak load sustained by the RBS link (for test MC1A) is approximately 25% higher than that of the regular
link (for MC-2A), although both links were designed to
sustain the same applied force. Similar findings are
shown when comparing test MC-1B and MC-2B. This is
a result of the length of the plastic hinge formation in the
RBS link. The link was conservatively designed based
on the strength at the centre of the dogbone section
(where the flange width is smallest); however, the plastic
deformation within the link spread also to the wider
areas of the areas of greater flange width. Since these
areas have a greater strength, the strength achieved
during testing was greater than the estimated design
strength. This has both positive and negative
implications in design. The increased force leads to
higher energy dissipation, but also increases capacitydesign forces applied to adjacent connection
components. If the factor of safety for these components
is not high enough during the design process, this could
potentially lead to premature failure. The RBS link
exhibited better performance than the regular link since
it successfully localized plastic hinging to the centre of
the link, away from the welded connections.

Behaviour of the STS connections was monitored
visually during testing. No signs of yielding were found
in the steel connection plates, and all screws and washers
remained tightly fixed in place, indicating that there was
no withdrawal failure of any of the 45 degree screws.
The ZD-plates could not be visually inspected after
testing due to the presence of the steel collar, however
sounds were heard that would indicate that head tear-off
failure occurred in the ZD-plate screws, and pullout and
head tear-off failure was unlikely given the small levels
of measured screw slip. There were no signs of crack
formation in the beams or columns near the expected
location of the failure planes (near the screw tip depth).
This was true for all timber sections following all tests.
No cracking noises were heard during testing that might
indicate crack formation in the timber members, nor
were there any abrupt changes in the screw slip readings.
Connection slip was monitored throughout each test
using linear variable differential transformers, which
were attached to the steel collars and timber members.
Using an effective STS connection rotation and the
respective moment at mid-length of each STS
connection, the moment versus rotation hysteretic
response of each STS connection was plotted. The STS
connection rotation was taken as the difference in screw
slip on either side of the timber member divided by the
depth of the timber member. This rotation was then
converted to an effective rotation (relative to the
centreline of the panel zone) by factoring the rotation by
the ratio of distance from the point of load to the STS
connection and the distance from the point of load to the
panel zone centreline. Figure 8 shows a sample
hysteresis from one of the beam connections using 45
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degree STS (MC-1A), as well as for one of the beams
using ZD-plate connectors (MC-1B). The general trend
in hysteretic response of all STS connection was
similar.The STS connections showed a maximum
rotation contribution of approximately 0.001 rad for the
beams, and 0.00045 rad for the columns under a total
frame storey drift angle of 0.05 rad, The sum of all STS
connection rotation represented approximately 4% of the
total connection rotation at a storey drift angle of 0.05
rad.

and MC-2B (for the ZD-plate connection) did not
significantly affect performance.
Table 4: Beam Self-Tapping Screw Connection Slip

Specimen
MC-1A
MC-2A
MC-1B
MC-2B

Beam
Type
45o
45o
ZD-plate
ZD-plate

Slip
(mm)
0.51
0.45
0.69
0.51

Rotation
(rad)
0.00212
0.00177
0.00238
0.00202

Overall, the STS connections performed as expected,
with little deformation and no signs of damage. This
shows that these connections perform well as a primary
load transfer mechanism between steel yielding hinges
and timber members under cyclic loading. Since it is
likely that these connections were over-designed, future
studies should be performed to determine the true
capacity of these connections by stiffening the yielding
hinge component and applying load until failure of the
STS connection. Furthermore, future studies should
determine the overall frame performance using STS
connections designed with a lower factor of safety to
optimize performance versus cost.

5 CONCLUSIONS

Figure 8: Hysteretic Response of STS Connections (from [11])

Some small energy dissipation was provided by these
STS connections, although the total amount of energy
dissipation from all connections was insignificant
relative to the amount of energy dissipated by the link
element. During initial loading of the STS connection,
reasonably high stiffness was attained, followed by a
reduction in stiffness which stayed constant throughout
the loading cycle. Upon load reversal, stiffness returned
to its initial value before lessening again for the duration
of the cycle. This affect was more pronounced for the
ZD-plate connection (MC-1B). The energy dissipation
caused by this affect is likely a result of friction forces
between the steel STS connecting plate and the surface
of the timber members. This is due the torqueing of the
STS during installation, which causes a clamping force
that provides additional connection resistance by means
of friction.
Table 4 shows the maximum screw slip and rotation for
each test specimen. It is clear when looking at the
maximum slip in beam STS connections that multiple
tests on a single specimen did not significantly affect the
screw slip. Overall connection slip was minimal, and the
reduction in slip between test MC-1A and MC-2A (for
the 45 degree STS connection) and between tests MC-1B

The success of this study in localizing plastic
deformations to a single well-detailed ductile steel
component in a hybrid steel-timber moment frame
suggests that the existing methods of steel detailing are
adequate for use in the newly developed hybrid
connection. Fabrication methods for the steel
components are identical to existing methods for steel
buildings, and no special or advanced methods are
required for adequate fabrication. The high strength and
stiffness of the self-tapping screw (STS) connections
designed according to the recently released Canadian
approval for the design of STS using SWG ASSY VG
Plus and SWG ASSY 3.0 Self-Tapping Wood
Screws [10] allow transfer of high forces between steel
and wood elements with no detrimental effect on overall
connection performance. The use of ZD-plates over STS
with 45 degree washers has little consequence regarding
overall connection performance, and should be chosen
based on preference of the fabricator and cost analysis.
The results of the experimental program showed that
connections incorporating nonlinear replaceable links
with or without dogbone details are capable of achieving
stable hysteretic behaviour comparable to typical steelonly moment-resisting connections. The overall ductility
of the connections nearly met the target ductility for
ductile steel MRFs. Ductility was higher for the system
incorporating the dogbone link. Most of the total rotation
undergone by the link elements was in the plastic range,
and the link contributed to a majority of the total
connection rotation in all cases.
All connections met the acceptance criteria for
prequalified moment-resisting connections set forth by
the Seismic Provisions for Structural Steel
Buildings [15]. Little strength degradation was seen prior
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to 0.04 rad drift (acceptance level), and all connections
were able to withstand at least one cycle at 0.05 rad drift.
The dogbone links began to show signs of strength
degradation after the first cycle at 0.05 rad drift, and tests
were ended early due to excessive out of plane
deformations. The regular links showed little signs of
strength degradation and began to fracture near the linkto-end-plate weld after a single cycle at 0.05 rad drift.
The failure mode for the regular link was similar to that
of pre-Northridge steel moment-resisting connections,
albeit at much higher drift levels. The dogbone links
showed better overall performance, and would be
preferred in design.
No connection components that were capacity-designed
to remain elastic under forces associated with yielding of
the plastic hinge showed signs of plastic behaviour. Each
wood beam and steel beam collar assembly withstood
two separate loading sequences, and the column and
panel zone assembly withstood four separate loading
sequences without any signs of damage to the wood
fibres. This verifies the ability of the capacity-design
procedure to localize plastic deformations to a single
replaceable element.
The findings of this experimental study provide an
important first step in the development of large-scale
high-ductility hybrid timber-steel moment-resisting
connections, and future studies should focus on
optimization of these systems to determine appropriate
overcapacity factors to assign to the elastic components
of the connection.
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MECHANICAL CHARACTERIZATION OF AN INNOVATIVE
CONNECTION SYSTEM FOR CLT STRUCTURES
Albino Angeli1, Andrea Polastri 2, Ernesto Callegari 3, Manuela Chiodega 4
ABSTRACT: This paper presents the numerical-experimental analysis of an innovative connector for CLT structures.
The connection system, named X-RAD, has generated a new approach to CLT constructions, characterized by precision
and effectiveness. Thanks to the possibility of assembling the X-RAD connectors directly within the factory, the CLT
panels can be lifted during the production phases, transported to the construction site and assembled by the use of a sole
element represented by the steel elements placed at the corners of the different panels. The X-RAD components in fact
are meant to be pre-assembled in the factory by using all-threaded self-tapping screws, so that the system could act as a
lifting point for the positioning operations. Several experimental tests are presented and analysed: tests on screws and
monotonic tests on different load configurations. The test outcome lead to the mechanical characterization of the
connector. X-RAD has been studied also with an analytical approach: the different load configurations have been solved
“at limit” condition by the use of equilibrium. The experimental and analytical approach permitted to define
respectively the experimental and the analytical capacity domains. Finally a method to verify X-RAD loaded by a
generic external load is proposed.
KEYWORDS: innovative connection system, CLT constructions, experimental tests, analytical computation

1 INTRODUCTION 123
CLT panels have become quite widely employed to build
multi-storey buildings: these structures are often
characterised by the presence of many different
typologies of connection system [1]. Recently innovative
connection solutions have been studied [2], [3], [4] in
order to create panel to panel, or panel to other material
joints and represent an alternative to traditional
connections made using shear and hold-down anchors.
Moreover, different connectors have been tested in order
to define the best way to joint CLT panels [5], [6]. From
a structural design and analysis perspective point-topoint interconnection between CLT panels or point-to
point connections at their boundaries leads to less
ambiguity in load paths than exists for other approaches.
It also lessens the chances that structural systems will
not fail in unintended ways if overloaded by force flows
throught superstructure elements or from superstructures
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to foundations. Although buildings of the new typology
have already been built there has not been full study of
the structural behaviour. The innovative solution herein
proposed, named X-RAD, consists of a point-to-point
mechanical connection system, fixed to the corners of
the CLT panels [7].

Figure 1: the innovative connector at the CLT panel

This connection, designed to be prefabricated, is
comprised of a metal wrapping and an inner hard wood
element which are fastened to the panel by means of allthreaded self-tapping screws. Such system permits to
reduce significantly the number of bolts/fasteners
required to assemble two or more panels together or to
connect the panels to the foundation. In order to
maximize their withdrawal strength, the all-threaded
screws are installed at two different angles of inclination.
This implies that the X-RAD joints, where the screws are
subjected to a combination of shear and tension forces,
are stronger and stiffer than the traditional joints where
shear is the predominant action. Thanks to the
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characteristic crossed disposition of the fasteners, the XRAD system is capable of developing the full capacity of
both the CLT panels and the all-threaded screws.

2 X-RAD SOLUTIONS
Buildings constructed using CLT technology present a
large number of panels interconnected so as to form
walls and floors. The wall and floor panels are typically
connected using metal elements consisting of thin metal
plates fastened with nails to the wooden elements. The
function of the nailed plates is to transmit the shear
forces (angular brackets) or uplift actions (hold down)
Figure 2. The CLT technology also requires the use of a
wide range of screws used for example to interconnect
the panels of the same storey, especially in the case of
floor-floor connection so as to create continuous storey
diaphragms. Finally, inclined screws are often used in
perpendicular wall-wall connections.

The X-RAD can also be easily bolted, using simple
metal plates, to non-wooden structures such as concrete
bracing walls. Obviously, X-RAD is especially suited for
connecting CLT panels to steel elements to which it can
be bolted: a steel frame with vertical CLT braces is
shown in Figure 3.

Figure 2: Example of CLT structure assembled using
traditional connections (connectors are not drawn to scale)

Figure 4: Example of CLT structure assembled using X-RAD
connections (connectors are not drawn to scale)

The X-RAD connection system is a standard connector
capable of reacting simultaneously to “shear” and to
“uplift” actions thanks to the special 3D layout of the
full-threaded screws (Figure 1), as demonstrated in the
following paragraphs. Therefore, X-RAD is suitable for
replacing both “angular brackets” and “hold down”
elements (Figure 4). The advantage deriving from using
a single connector, not only increases the amount of
prefabrication, but also simplifies connector calculation
and verification processes and allows the designer to
acquire real control of the structure internal load paths.
X-RAD can be used to assemble CLT buildings, as
already illustrated by [7], or it can be used to assemble
3D modules that can be connected one to the other very
quickly on site, Figure 3. In some cases, the modules can
be handled directly by fastening the lifting elements to
the X-RAD connection plates. The advantage gained
with the use of the X-RAD is that the various modular
elements can be assembled as well as disassembled, for
example in the case of temporary structures, since
connection is achieved using standard steel bolts.

Figure 5 shows how two X-RAD connectors can be quite
simply connected using external plates and standard
M16 steel bolts. The X-RAD system uses a series of
standard plates for the more common connections, such
as wall-foundation or wall-wall connections (for in plane
or perpendicular intersections). In the event of nonperpendicular connections between walls or of special
requirements, the connection plates should be properly
designed.

Figure 3: Different possibilities to use X-RAD connector

Figure 5: CLT panels connected with X-RAD and bolted steel
plates (left) and X-RAD screwed at CLT panel (right)
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3 EXPERIMETAL ANALYSIS
Different extended experimental campaigns were
performed in 2013-2015 at the Mechanical Testing
Laboratory of CNR-IVALSA, in San Michele all’Adige,
in order to characterize the mechanical behaviour of the
X-RAD connector.
Tests were conducted on samples in which the X-RAD
element was connected to CLT panels as shown in
Figure 11. The connector consists of a steel element
(external box) and an internal hardwood insert so that it
is possible to screw the X-RAD to the CLT panel by
means of 6 full-threaded self-tapping screws (VGS 11
mm in diameter and 350 mm in length) [8] inserted both
in the predrilled hardwood insert and in the CLT
softwood. The X-RAD unit [9] is shown in Figure 6
where it is possible to see the aforementioned external
steel box and internal hardwood insert. The figure also
shows the central steel plate that is joined to the other
parts via two transversal M12 bolts.

Figure 6: Schematic representation X-RAD connector

3.1 PRELIMINARY TESTS – WITHDRAWAL
CAPACITY
A testing campaign was performed with particular focus
on determining the maximum withdrawal capacity of
different VGS screws typologies driven into different
wood elements inserted into a steel tube profile [7].

Figure 8: Setup used to test the withdrawal capacity of
fasteners, schematic views

The actual insert consists of an element made of beech
hardwood LVL (Laminated Veneer Lumber) with mean
density greater than 680 kg/m3.
Tests represented by Figure 7 and Figure 8 allow to
define the withdrawal resistance per length unit, that in
case of VGS 11 mm diameter inserted in LVL element,
is equivalent to 0,49 kN/mm. Mean withdrawal
resistance of used screws driven into the LVL insert,
with 70 mm of thread length, is therefore equivalent to
34,5 kN. Screws subjected to compression (in Figure 15
the screws in blue that tend to be expelled from the LVL
insert) shall have a resistance value equivalent to the
value indicated above, i.e. 34,5 kN. Conversely, screws
subjected to tension, red in Figure 15, are capable of
providing a resistance equivalent to the screw tensile
strength, i.e. 42,0 kN, since the screw head resistance is
added to the withdrawal capacity of the resistance
mechanism.
3.2 MAIN TESTS – X-RAD CAPACITY
In the last 3 years, a large number of tests on the X-RAD
connector have been conducted. Cyclic and monotonic
tests were conducted, in particular, at CNR-IVALSA.

Figure 9: Loading configurations and adopted reference
system

Figure 7: Specimens after a typical withdrawal failure (above)
and after tensile steel failure of the screw (below)

The CLT panel used for testing was a typical 3-layer
panel with a thickness equal to 100 mm for 45° and
135°/315° load configurations while, for load
configuration 180°/270° and 0°/90°, 100 mm thick 5layer CLT panels were used.
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The connection system was tested in 5 different loading
configurations, see Figure 9; as an example, one of the
adopted test setup configurations is shown in Figure 11.
300

Load configuration 0°/90°, the failure was reached
because of the rupture of the tensile screws (in the
bottom part of the Figure 12). Failure mode: tension.

0 / 90
45

250
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200
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Figure 12: Specimens after the test in 0°/90°load configuration
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Figure 10: Experimental results in different load
configurations, F-v curves

Load configuration 180°/270°, the failure was reached
because of the rupture of the tensile screws (in the upper
part of the Figure 13). It is also possible to see the
expulsion of the head of the compressed screws (bottom
part of Figure 13). Failure mode: combined tension and
compression rupture of the screws.

In Figure 10 a comparison between the different
mechanical behaviour of the specimens subjected to
different external load has been performed. The load
configuration 225°, equivalent to pure compression
between the base of the connector and the CLT upper
face, have not provided real specimen failure, due to the
technical limitations of the testing machine maximum
load.
Table 1: Experimental results in different load configurations

Angle
[°]
0°/90°
45°
135°/315°
180°/270°
225°

N° of specimens
6
15
15
6
3

Resistance
[kN]
128,95
171,15
108,95
185,88
289,66

Figure 13: Specimens after the test in 180°/270°load
configuration

Load configuration 45° presents block tearing failure of
the steel part. Load configuration 135°/315°: as in
Figure 13 it is possible to notice both tension (up) and
compression (down) failure of screw.

The adopted setup and the measurement instrumentation
used during the at failure tests are described in Figure
11.

Figure 14: Specimens after the test in 45°(left) and 135°/315°
(right) load configuration

Results obtained in 45° and 135°/315° configurations are
in-depth analysed by [10] where are reported also
mechanical parameters related to the post-elastic phase.
Figure 11: Setup adopted for 0°/90°load configuration

In the following, a series of pictures of the tested
specimens are reported: it is possible, observing the
details proposed in the figures, understand the different
failure modes depending on the direction of the imposed
external load.

The different failure modes described above, referred to
the different load configurations, are confirmed by the
analytical calculations presented in section 4.2.
The specimens were tested in the different possible load
configurations that the real connectors may undergo in a
whole structure assembled with X-RAD as described in
[11].
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4 MECHANICAL
CHARACTERIZATION
In order to define a complete model
for the
characterization of the X-RAD mechanical behaviour,
different failure analytical models have been
implemented. Those models permit, according to the
static theorem, by analytical calculation, to define the
failure equilibrium in different load configurations.
Since the X-RAD is connected with screws that can act
both in tension and in compression, it is possible to
elaborate simply the "at failure" configuration taking into
account the limit capacity of the screws. By way of
example, in Figure 15 the "at failure equilibrium"
describing two possible load configurations is presented.

Figure 15: Example of at failure models, in”tension” and in
“shear”, red screws are in tension, blue in compression

Starting from the analytical failure models, that permit to
calculate the ultimate capacity in the different load
conditions, it was possible to define a “capacity
domain”. Two different capacity domains have been
defined starting from experimental and analytical results,
respectively are presented in Section 4.3.
4.1 CHARACTERIZATION OF MECHANICAL
COMPONENTS
4.1.1 Fully threaded screws
Full threaded screws can be subjected by two different
actions: tension [12], [13], [14] or compression. As
regards screws subjected to tension, experimental
outcomes show a steel tension failure mode. Failures due
to screw head penetration were not observed since the
head of the screw can not penetrate into the insert
because the presence of external metal box and another
additional metal element (see Figure 6). The calculations
shown in paragraph 4.2. assume a mean tension
resistance of the screws (FVGS,T) equivalent to 42,0 kN
derived from manufacturer test outcomes.
Full threaded screws subjected to compression tend to
show extraction of the screw head from the top side of
the metal box for external load configuration of Figure
15 right. This means that compression is governed by
withdrawal resistance of screws from the LVL insert.
The calculations shown in paragraph 4.2 assume an
average withdrawal resistance FVGS,C equivalent to 34,5
kN. This value has been derived from the results of the
tests presented in Section 3.1.
The standards and indications from the literature
available to date do not provide values for the

calculation of the screws withdrawal resistance from the
CLT panel in the X-RAD geometrical configuration.
This because the variability in the panels stratigraphy
and the double inclination of the screws are not
parameters explicitly reported
by the standards.
Experimental tests show that, however, when using VGS
Φ11 x 350 screws for X-RAD connection, screw tension
failure or compression failure is never observed in CLT
panels. Thanks to the double inclination of the screws,
splitting failure is not observed in most cases. In those
few cases where CLT failure has been observed, splitting
effects occurred due to the presence of load levels close
to failure. For this reason, reinforcement with screws
driven perpendicular to the panel is recommended, in
those cases where the X-RAD is stressed with load
values close to the failure domain boundary (Section
4.3).
4.1.2 Steel plates
The metal components of the X-RAD (external metal
box and internal plate) consist of a 2,5 mm thick DX51D
steel plate for the metal box and a 6 mm thick internal
plate, Figure 6. These metal elements are characterised
via several tests performed at the CNR-IVALSA
Institute, where further tests are scheduled. The
experimental campaign has shown a mean yield strength
of 348 MPa, while the mean ultimate strength is equal to
429 MPa.
4.1.3 CLT Panels
The CLT resistance in respect to compression inclined to
the grain, in the configuration shown in Figure 22, has
been defined using the formulas given by Eurocode 5.
CLT strength values have been derived from EN
338:2009 In this case characteristic values and not mean
values have been considered because, as specified in
paragraph 3.2, experimental values are not available yet.
Assuming that the CLT panel is composed of C24
elements, the following values are derived: 21,0 MPa
for compression parallel to the grain (fc,0) and 2,5 MPa
for compression perpendicular to the grain (fc,90).
4.2 X-RAD CAPACITY AT FAILURE
The static theorem of limit analysis allows to calculate
the lower limit (therefore a safety-oriented estimate) of
the connection failure load. The equilibrium
configurations analysed at the present section have been
defined by observing failure mode shown by tests. The
failure mechanisms involve the (tensile or compressed)
VGS screws or the steel plates (block-tearing type of
failure, [15]). The observation resulted in five analytical
“at failure” mechanism that can be solved by simple
equilibrium equations, in order to calculate the
connection capacity.
4.2.1 Case α=0°/90°
The limit configuration studied for “at failure”
calculation is shown in Figure 16. This failure
mechanism can be seen as the overlapping of the two
cases seen below, where
is the load at α=45 .
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instead is the at α=135 load. Observation of the “at
failure” samples shows rupture of the tensile screws.

According to the Eurocode 3 formula it is possible to
calculate the block-tearing capacity
(4)

√

In this case, formula (3) provides a value of 212,69 kN
while formula (4) provides a value equal to 151,24 kN.
As confirmed by test results, the failure mode is
governed by the weaker mechanism (block tearing) that
provides a value R45 = 151,24 kN.
4.2.3 Case α=135°/315°
As seen in the paragraph above, two possible failure
modes have to be studied, Figure 19 and Figure 20.

Figure 16: Limit configuration for α=0°/90°

Simple equilibrium equations help calculate the
resistance of the connection using the following formula:
√

(

( )

( )

)

( )

(1)

where:
(2)
In the case under examination, formula (1) results in a
capacity value R0 = 95,09 kN.
4.2.2 Case α=45°

Figure 19: At failure equilibrium for α=135°/315°

By observing the samples tested at failure it is possible
to define, two different failure mechanisms: the first
regards the tension failure of screws (Figure 17), the
second is the block tearing failure of the metal
box/internal plate system, failure occurs across the Φ16
bolt holes (Figure 18).
Figure 20: mechanism resistant to block tearing

Experimental outcomes show that failure occurs at the
couple of tensile screws. Simple equilibrium equations
permit to calculate the screws capacity as given by:
( )

( )

(5)

By applying the formula indicated in Eurocode 3-1-8, it
is possible to calculate the block-tearing resistance
Figure 17: At failure equilibrium for α=45°

√

(6)

Formula (5) provides a value of 98,35 kN while formula
(6) provides a resistance value equal to 128,21 kN. The
weaker mechanism (tension at the screws) is the real
failure mechanism that provides a value R315 = 98,35 kN.
4.2.4 Case α=180°/270°

Figure 18: Block tearing mechanism

Solving simple equilibrium equations, it is possible to
calculate the screws tension capacity by the following
formula:
( )

(3)

The analyzed “at failure” limit configuration is shown in
Figure 21.
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Simple equilibrium equations help calculate the capacity
of the whole resistant mechanism.
( )

(9)

In the case under examination, formula (9) gives a
resistance value R0 = 284,49 kN.
4.3 X-RAD CAPACITY DOMAIN
Figure 21: Limit configuration for α=180°/270°

Simple equilibrium equations help calculate the tension
loading the screws, using the following formula:
√

( )

(

( ))

(7)

where μ is the coefficient of friction for X-RAD-CLT
contact, assumed to be 0,2. In the case under
examination, formula (7) gives a resistance value R180 =
173,85 kN.
4.2.5 Case α=225°
Experimental tests have not provided real specimen
failure, due to the technical limitations of the testing
machine. The full thread screws resistance is to be
integrated with the direct transfer of the X-RAD/CLT
compression by contact force. The experimental tests
have shown that, thanks to the connectors ductility, the
failure displacement levels are such as to involve both
resistance mechanisms.

Paragraph 3.2 represents the tests campaign carried out
on the X-RAD; the tests were conducted in five different
geometric configurations. In paragraph 4.2 the same
configurations were analysed using simple analytical “at
failure” mechanisms based on the limit calculation.
These five analytical case studies are equivalent to the
same number of load configurations characterized by
different external load inclinations, Fig. 9. Observing the
connection geometry and the reference system (Figure
9), thanks to the symmetry it is possible to extend the
five geometric configurations to eight angles in the
plane.
For this reason, eight resistance values have been
defined; these values correspond to eight inclinations of
the external force loading the connection. It is possible to
obtain a plane figure of the "capacity domain" by
connecting with segments the eight known points The
capacity domain defines the failure boundary of the
connection. All points, representing possible external
loads that falling inside the boundary are load states that
the connection is capable of withstanding.
This capacity domain, scaled so as to meet the required
safety levels, can be used to verify X-RAD connections
(Chapter 5).
4.3.1 Experimental capacity domain
The "experimental capacity domain" is obtained by
plotting on a plane the mean experimental resistance
values derived considering the “at failure” capacity
reached in the different load configuration tests
described in Chapter 3.2.

Figure 22: Limit configuration for α=225°

The compression between X-RAD-CLT load the CLT
fibres at a 45° angle, regardless of the stratigraphic
composition of the CLT panel. Using the Eurocode 5
formula it is possible to calculate the compression
resistance of the CLT panel.
( )

( )

(8)

By applying the resistance values indicated in paragraph
4.1.3, and assuming a coefficient kc,90=1,0, a
compression resistance at 45° value fc,45=4,5MPa is
obtained. The X-RAD base dimensions are 90 x 273
mm, giving a CCLT compression capacity equals 109,78
kN.

Figure 23: Experimental capacity domain
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The domain is developed mainly on the diagonal with a
45°-225° inclination. This means that the connection
shows greater resistance values when the single X-RAD
is stressed by pure tension (α=45 ) or by pure
compression
(α=225 )
forces.
The
geometric
configurations that envisage pure shear on the X-RAD
(α=135 /315 ) show the lower resistance values. As
shown in Figure 23, the higher resistance values are
obtained when pure compression stresses (α=225 ) are
applied, where the resistance of the full thread screws is
combined with the direct transfer of the X-RAD/CLT
compression by contact force. Experimental tests have
shown that, thanks to the connector ductility, the levels
of failure displacement are such as to involve both
resistance mechanisms. In this particular test
configuration the limit capacity of the testing machine
was reach: for this reason new tests have to be
performed.

(configurations
0°/90°
and
135°/315°)
this
approximation probably is not a realistic hypothesis.
More investigations have to be performed.
Table 2: Comparison between experimental and analytical
resistances

Angle
[°]
0°
45°
90°
135°
180°
225°
270°
315°

Experimental
resistance
[kN]
128,95
171,15
128,95
108,95
185,88
289,66
185,88
108,95

Analytical
resistance
[kN]
95,09
151,24
95,09
98,35
173,85
284,49
173,85
107,35

Δ
[%]

-26%
-12%
-26%
-10%
-6%
-2%
-6%
-1%

4.3.2 Analytical capacity domain
The analytical capacity domain, derived from the
resistance values calculated in paragraph 4.2, has the
same shape of the experimental domain and is shown in
Figure 24. Therefore the same qualitative considerations
given in the previous paragraph can be observed.

Figure 25: Comparison between experimental and analytical
capacity domain

5 DISCUSSION
Figure 24: Analytical capacity domain

4.3.3 Comparison between experimental and
analytical domain
The comparison between the analytical domain and the
experimental one (Figure 25) one shows a good fitting.
It is possible to affirm that the configurations 0°/90° and
135°/315° show the larger differences; this discrepancy
is due to the fact that, in the real “at failure mechanism”,
Figure 19, probably are involved also the central screws
loaded at shear. In Section 4.2. all the equilibrium states
were written not considering the shear contribution of
the screws. A strut and tie model has been adopted but
in configurations where, at large displacements, the
central screws can exhibit a high shear resistance

At the previous paragraph has been defined a capacity
domain using the mean resistance values of the X-RAD
connectors studied in different load configurations; it is
possible in an analog way to define a capacity domain
using the characteristic parameters derived from the
tests, instead of the mean values.
The definition of the characteristic strength values of the
connection allows to calculate the design values.
According to the standards it is possible to achieve the
design strengths starting from the characteristic values
by means γM and Kmod coefficients.
Using the eight design strengths calculated in the
different load configurations it is therefore possible to
define a design capacity domain, which can be used to
verify of the connection.
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6 CONCLUSION

Figure 26: CLT panel loaded by generic external loads and
resultant forces on X-RAD connectors

Figure 26 represents a generic panel connected to the
foundation through two X-RAD and loaded by two
generic external forces: an horizontal force VEd and a
vertical force NEd. The external loads on X-RAD
connectors are named RA,Ed and RB,Ed.
In order to verify the X-RAD connection in a generic
load configuration [16], such as that described by Figure
26, the following methods are proposed, both based on
the capacity domains defined in the Chapter 4.3.
It is possible to perform a graphical verification by
representing the external actions on the connector in the
capacity domain: if the vector, representing of the XRAD load, is inside the capacity domain area then the
connection is verified (Figure 27).

The paper analyze the mechanical behavior of the XRAD connection elements: the connector is a point-topoint mechanical connection system, designed to be
fixed with fully-threaded screws, to the corners of the
CLT panels and intended to substitute both the hold
downs and the shear angular brackets. The screws are
installed at two different angles of inclination, so as to
maximize the withdrawal strength by crossing more
board layers.
Several experimental tests are presented and analysed:
tests on screws and monotonic tests on different load
configurations. The test outcome lead to the mechanical
characterization of the connector. X-RAD has been
studied also with an analytical approach: the different
load configurations have been solved “at limit” condition
by the use of equilibrium. The experimental and
analytical approach permitted to define respectively the
experimental and the analytical capacity domains.
The aforementioned strength domain permit the engineer
to verify the connector in the different possible load
direction acting on the connection system. Advanced FE
non-linear models on the whole structure composed by
CLT panel connected with the X-RAD have to be
performed.

7 AKNOWLEDGMENTS
The authors wish to thank G. H. Poh'siè, Matteo Izzi,
Stefano Pacchioli, Ester Sinito, Francesca Paoloni and
the staff of Mechanical Laboratory of CNR-IVALSA
Mario Pinna and Diego Magnago. The tests presented in
the paper were conducted within the framework of the
research project X-REV, proposed and funded by
Rothoblaas company and partially financed by the
Autonomous Province of Bolzano.

REFERENCES

Figure 27: Proposed verification methods

Similarly, it is possible to perform an analytical
verification [17] directly by the definition of resistance
RRd connection; this is achieved by extending the REd
vector until it crosses the border of the capacity domain.
The analytical verification is performed by calculating
the parameter η by the use of formula 9.
(10)
The connector is verified if:
(11)

[1] Brandner R., Flatscher G., Ringhofer A.,
Schickhofer G., Thiel A., (2016), Cross laminated
timber (CLT): overview and development. European
Journal of Wood and Wood Products,
10.1007/s00107-015-0999-5.
[2] Loss C., Piazza M., Zandonini R., (2015),
Connections for steel-timber hybrid prefabricated
buildings. Part II: Innovative modular structures.
Construction
and
Building
Materials.
doi:10.1016/j.conbuildmat.2015.12.001.
[3] Nakashima S., Kitamori A., Komatsu K., Que Z.,
Isoda H., (2014), Development and evaluation of
CLT shear wall using drift pinned joint. In:
Proceeding of the 13th World Conference on
Timber Engineering WCTE 2014, Quebec City,
Canada.
[4] Kraler A., Kögl J., Maderebner R., (2014), SherpaCLT-Connector For Cross Laminated Timber (CLT)
Elements. In: Proceeding of the 13th World
Conference on Timber Engineering WCTE 2014,
Quebec City, Canada.

WCTE 2016 e-book | 3558

[5] Popovski M., Pei S., van de Lindt J.W. and
Karacabeyli E. (2014): Force modification factors
for CLT structures for NBCC, Materials and Joints
in Timber Structures, RILEM Book Series, 9:543553, RILEM, Bagneux, France.
[6] Gavric I., Fragiacomo M., Popovski M. and Ceccotti
A.: Behaviour of Cross-Laminated Timber Panels
under Cyclic Loads. Materials and Joints in Timber
Structures, RILEM Bookseries 9:689-702, 2014.
[7] Polastri A. and Angeli A. (2014): An innovative
connection
system
for
CLT
structures:
experimental-numerical analysis, 13th WCTE,
Quebek City, Canada.
[8] European Organisation for Technical Assessment
(EOTA) (2012), Rotho Blaas Self-tapping screws,
European Technical Approval ETA-11/0030,
Charlottenlund, Denmark.
[9] European Organisation for Technical Assessment
(EOTA) (2015), Rotho Blaas X-RAD, European
Technical Approval ETA-15/0632, Vienna, Austria.
[10] Polastri A., Brandner R., Casagrande D., (2016),
Experimental analysis of a new connection system
for CLT structures.. Structures and Architecture:
Concepts, Applications and Challenges Proceedings of the 3nd International Conference on
Structures and Architecture, ICSA 2016
[11] Polastri A., Angeli A., Dal Ri G., (2014), A new
construction system for CLT structures. In:
Proceeding of the 13th World Conference on
Timber Engineering WCTE 2014, Quebec City,
Canada.
[12] Bejtka I., Blass H. J., (2002): Joints with inclined
screws. Proceeding of the meeting 35 of the
Working Commission W18-Timber Structures,
CIB.Vancouver, Canada, paper CIB-W18/35-7-5.
[13] Ringhofer A., Brandner R., Schickhofer G., (2013):
Withdrawal resistance of self-tapping screws in
unidirectional and orthogonal layered timber
products.
Materials
and
Structures.
DOI:10.1617/s11527-013-0244-9.
[14] Tomasi R, Crosatti A and Piazza M (2010)
Theoretical and experimental analysis of timber-totimber joints connected with inclined screws.
Construction and Building Materials 24(9): 1560–
1571
[15] European Committee for Standardization, (2005),
EN 1993-1-8:2005. Eurocode 3 - Design of steel
structures - Part 1-8: Design of joints. CEN,
Brussels, Belgium.
[16] Pozza L., Scotta R., Trutalli D., Polastri A., Smith I.,
(2016), Experimentally based q-factor estimation of
CLT walls. Proceedings of the Institution of Civil
Engineers: Structures and Buildings, doi:
10.1680/jstbu.15.00009
[17] European Committee for Standardization, (2014),
EN 1995-1-1:2004+A2:2014. Eurocode 5 - Design
of timber structures, Part 1-1, General - Common
rules and rules for buildings. CEN, Brussels,
Belgium.

WCTE 2016 e-book | 3559

Hysteretic behaviour of metal connectors for hybrid (high- and low-grade
mixed species) cross laminated timber
Mahdavifar, V.1, Barbosa, A.R.2, Sinha, A.3, Muszynski, L.4, Gupta, R. 5
ABSTRACT: Cross-laminated timber (CLT) is a prefabricated solid engineered wood product made of at least three
orthogonally bonded layers of solid-sawn lumber that are laminated by gluing longitudinal and transverse layers with
structural adhesives to form a solid panel. Previous studies have shown that the CLT buildings can perform well in seismic
loading and are recognized as the essential role of connector performance in structural design, modelling, and analysis of
CLT buildings. When CLT is composed of high-grade/high-density layers for the outer lamellas and low-grade/lowdensity for the core of the panels, the CLT panels are herein designated as hybrid CLT panels as opposed to conventional
CLT panels that are built using one lumber type for both outer and core lamellas.
This paper presents results of a testing program developed to estimate the cyclic performance of CLT connectors applied
on hybrid CLT layups. Two connectors are selected, which can be used in wall-to-floor connections. These are readily
available in the North American market. Characterization of the performance of connectors is done in two perpendicular
directions under a modified CUREE cyclic loading protocol. Depending on the mode of failure, in some cases, testing
results indicate that when the nails or screws penetrate the low-grade/low-density core lumber, a statistically significant
difference is obtained between hybrid and conventional layups. However, in other cases, due to damage in the face layer
or in the connection, force-displacement results for conventional and hybrid CLT layups were not statistically significant.
KEYWORDS: CLT bracket connections, Cross-laminated timber, CUREE protocol, Cyclic Loading, Hybrid CLT

1 INTRODUCTION 123
Cross-laminated timber (CLT) is a prefabricated solid
engineered wood product made of at least three
orthogonally bonded layers of solid-sawn lumber that are
laminated by gluing of longitudinal and transverse layers,
with structural adhesives to form a solid panel intended
for roof, floor, or wall applications. The CLT
manufacturing process and the construction technology
based on this product has been used in Europe for over 25
years and recently started to emerge into the North
American market.
CLT building structures have been shown to perform well
in seismic loading [1]. The structural performance of the
CLT structures mostly depends on the performance of
their components: the panels and the connections. The
major form for CLT construction is platform construction
in which the loads are transferred through the floor panels
to the walls of the corresponding story, then to lower
stories, all the way down to the foundation. For the gravity
loads, load transfer between the panels is developed
through the contact surfaces between the panels. Under
lateral loads, the CLT shear walls (panels and connectors)
carry most of the loads. The lateral resistance of CLT
shear walls is significantly affected by the type,
1. Vahid Mahdavifar, Oregon State University,
vahid.mahdavifar@oregonstate.edu
2. Andre Barbosa, Oregon State University,
Andre.barbosa@oregonstate.edu
3. Arijit Sinha, Oregon State University,
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arrangement, and location of the connectors, as well as the
friction between the panel and the floor or foundation.
Four major displacement mechanisms, as shown in Figure
1, are possible in a CLT wall subjected to lateral in-plane
loading: (1) rocking, (2) sliding, (3) flexure deformation,
and (4) shear deformation. Since the CLT panels have
relatively high in-plane stiffness in comparison to
connectors, the displacements due to flexure and shear
deformation are small. Thus, displacements in CLT walls
are typically governed by sliding and rocking
mechanisms. The rocking and sliding will cause two
distinct perpendicular forces on the connections:
withdrawal and shear. Angle bracket connections (A1
through A4 in Figure 1) provide resistance to the shear
force but little withdrawal resistance. Due to the low value
of withdrawal resistance of the angle brackets, uplift
forces due to rocking are usually resisted by hold-downs
placed at ends of walls (see H1 and H2 in Figure 1).
In the presence of the mechanisms shown in Figure 1,
capacity design principles are recommended for design of
CLT wall panels [2]. In this method of design, desirable
modes of failure include connection ductile failure, wood
crushing, or a combination thereof prior to onset of
undesirable brittle wood failure modes. Since the CLT
panels have high in-plane stiffness relative to the
4. Lech Muszyński, Oregon State University,
lech.muszynski@oregonstate.edu
5. Rakesh Gupta, Oregon State University,
rakesh.gupta@oregonstate.edu
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connectors, a major portion of the energy dissipation
capacity is provided by the metal connections, while the
CLT wall panels remain in the elastic domain. The same
capacity design principles should be applied to the whole
CLT structure.

(a) rocking

(b) sliding

CLT panel along the panel thickness may cause fasteners
to be embedded in layers of varying density. As a result,
the simple design equations provided in the NDS based
on the European Yield Model (EYM) [6] are not
applicable to predict the fastener system performance.
In summary, understanding the performance of the
connections is crucial in design of CLT buildings, as the
connections provide ductility, strength, and stiffness. In
this paper, partial preliminary results of a larger research
program currently underway at Oregon State University
(OSU) is presented. The larger research program is
investigating hybrid layups with under-utilized or undervalued North American species and low-grade timber
harvested in the region. The results presented provide the
characterization of the performance of connectors in two
perpendicular directions, under a modified CUREE cyclic
loading protocol.

2 PREVIOUS RESEARCH

(c) flexure

(d) shear

Figure 1: Displacement mechanisms of wall panel subjected to
lateral in-plane load due to (a) rocking, (b) sliding, (c) flexure,
and (d) shear [3].

As CLT construction emerges into new markets such as
mid-rise buildings, there is a need for optimizing the use
of timber. In the North America, nearly all CLT structures
being designed and constructed use CLT products that are
manufactured following 2012 ANSI/APA Standard for
Performance Rated Cross Laminated Timber (ANSI
PRG-320) [4]. However, it is expected that as the market
will continue to mature with time, more diversified grades
and special CLT products will make its way into the
market. One special CLT product could be a hybrid CLT
panel. Throughout this paper, a hybrid CLT panel refers
to a panel with layups arranged from high- and low-grade
lamellas, but the layups could also be arranged from highand low-density materials and using different species in
different layers. This is a new concept aiming towards
improving the economic efficiency and sustainability of
the CLT industry as well as optimizing raw material
resources. Utilization of low-value lumber in value-added
engineered products such as hybrid CLT should reduce
the pressure on the high end structural lumber supply and
will also provide a substantial outlet for harvested lower
value lumber.
In a hybrid CLT panel, the outer layers will typically
comprise of high grade or higher density lumber, while
the inner layers can be made up of low grade/low-density
species.
The connections used in CLT structures are specialty
connections that use different mechanical fasteners,
currently not listed in the National Design Specifications
for Wood Construction (NDS) [5]. In addition, connection
performance depends mainly on the bending strength of
the fastener and the density of the wood substrate to which
they embed. The variation in density profile in a hybrid

Several research projects have been recently completed to
better understand behaviour of CLT connections, both in
Europe and North America. With respect to structural
laboratory testing, Ceccotti et al. [1] tested the lateral
resistance of CLT walls. Different configurations of wall
panels were investigated by means of monotonic and
cyclic displacement. It was observed that the opening
layout and design of the joints influenced the overall
behaviour of the structural system. All forces and
displacement were concentrated on a rather small region
of the panel, which then led to local failures. The tested
CLT panels behaved essentially as rigid elements.
Therefore, all the dissipated energy in the testing resulted
from the connections. Rinaldin et al. [7] presented
experimental performance of a hold down, a bracket, and
a half-lap joint connection under cyclic loading. These
were tested in shear and withdrawal directions to capture
the main features of the behaviour of these CLT
connections. Pei et al. [8] presented the results of a series
of tests that were done on CLT walls in Canada. The walls
were subjected to cyclic loading and load-displacement
data was recorded for the tests. The data was used for
calibrating numerical model for the connections. Even
though these tests have been done, all the tests were
conventional CLT panels. No work on hybrid panels and
connections was found in this literature review.

3 EXPERIMENTAL INVESTIGATION
3.1 HYBRID CLT PANELS AND TEST
COMBINATIONS
Three- and five-layer CLT panels with hybrid layups
bonded with Phenol-Resorcinol Formaldehyde adhesive
(PRF) were manufactured at OSU using a 0.65m x 0.65m
cold press at 0.7 MPa (100 psi). The species used in the
design of experiments included one reference species,
Douglas-fir (DF) (Pseudotsuga menziesii). Panels were
built up from visually graded No. 2 and better lumbers.
Low-grade lumber is represented by No. 3 and lower DF
and Lodgepole Pine (LP).
The visual grade assigned was confirmed by measurement
of the dynamic modulus of elasticity (DMOE) following
ASTM E1876-09 [9]. The DMOE was estimated using the
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impulse excitation of vibration method based on the use
of a Metrigard testing machine. This method was chosen
since it is relatively fast, easy and non-destructive.
Pieces classified as high-grade based on visual criteria but
falling below standard DMOE thresholds (i.e. 10.3 GPa
for DF and 8.3 GPa for LP) were classified as low-grade
material.
Table 1 lists all the combinations considered for hybrid
CLT layups. The low-grade material was only used in the
core of the CLT panels, while high-grade material was
used in outer faces and also in the core, but only for the
reference panels.

lbs/sq.ft.) was selected for spreading the adhesive in
between layers. The adhesive was spread manually on the
first stack using a painter metal knife and spatula. Special
attention was paid to ensure a uniform adhesive spread.
The next layer of laminations was then placed in the
transverse direction. This process was repeated until all of
the layers were stacked. The panels were then moved to
the cold press and clamped under the constant pressure of
0.7 MPa (100 psi) for a minimum of 9 hours. Figure 2
illustrates the steps used for making the panels.

Table 1: Species combinations for hybrid CLT layups (H: highgrade, L: low-grade, DF: Douglas-fir, LP: Lodge Pine).

Face Layer(s)
Species
Reference
Hybrid

Core Layer(s)
Species

DF(H)

# of
layers
1

DF (H)

# of
layers
1

DF(H)

1

LP (L)

3

DF (H)

1

DF(L)

1

Before manufacturing, moisture content (MC) of the
lumbers were checked using a WAGNER MMC 220
moisture meter. This tool uses electromagnetic waves for
a non-destructive measurement of the MC. The MC
should be in range of 12 ± 3% provided by PRG 320 [4].
If the MC was not in the range, the lumbers were then
conditioned in a standard ASTM room (controlled 20°C
and relative humidity of 65%) until the desired MC was
achieved.
After grading the lumbers and controlling the MC, all the
laminations were planed. The planing is essential for
ensuring strong bond between the laminations by
removing germ and dirt from the faces of laminations,
improving the penetration of adhesive into the lumens and
cell walls, and providing a uniform thickness for the
laminations in the same layers. Since the panel was not
edge bonded, edge planing was not needed, and only the
wide faces of the lumber were planed. PRG 320 requires
a maximum planing tolerance of ±0.2 mm along the width
of one lamination and ±0.3 mm along the length of each
single lamination. After the laminations were planed, they
were cut to the desired length of 63.5 cm.
For bonding the laminations, a PRF adhesive from the
products line of Hexion Inc. was chosen. This liquid
adhesive is recommended for laminating softwoods and
suitable for wet-use or dry-use exposure. The PRF
adhesive used, Cascophen LT-75, is a liquid resin that sets
through reaction with a constant proportion of a dry
powdered hardener: Cascoset FM-282. The mixing
proportion of 100 parts of resin and 16 parts were chosen
(by weight) following recommendations by the
manufacturers. The hardener was added to the resin and
stirred until thoroughly dispersed, normally for about 5
minutes. Usable life (open hour) of the mixed adhesive at
16°C , 21°C, and 27°C were reported at 4.5, 2.5 and 1
hour, respectively. A spread rate of 490 g/m2 (0.1

(a)

(b)

(c)

(d)

Figure 2: Manufacturing of the panels: (a) measuring the
DMOE, (b) grading the laminations (LP and DF laminations in
the picture), (c) spreading the adhesive, and (d) clamping panel.

4 METHODOLOGY FOR ESTIMATING
CYCLIC PERFORMANCE OF
CONNECTORS
A testing program to estimate the cyclic performance of
connectors was performed using a Universal Testing
Machine (UTM). The Simpson Strong-Tie HGA10KT
bracket with four (4) SDS25112 screws on the floor side
and 4 SDS25300 screws on the wall side of the
connections were used for one set of tests and the
ABR105 with 10 CNA4x60 and 14 CNA4x60 on the wall
and floor sides, respectively. The fasteners and brackets
are shown in Figure 3 and Figure 4, respectively. The
connectors were connected to 0.2 m by 0.3 m cut-outs
from the manufactured CLT panels. The distance of the
connections from the edge of the panel for the floor side
was at least 3 inches.
Table 2 shows the connector tests, panel layup, and
direction of loading. Up to six (6) tests per species/grade
combination and per connector type, and load direction
were carried out.
4.1 EXPERIMENTAL SETUP AND LOADING
Figure 5 and Figure 6 illustrate the testing fixture. What
is not shown in these figures are the restraints provided to
the specimen to isolate forces to be developed in one
direction at a time, thus isolating the response in shear and
withdrawal.
For each setup, a modified CUREE [10] displacement
control protocol was used. The modifications introduced
were two-fold. First, for cases in which it is not realistic
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to model symmetric cyclic displacement, the
displacement history protocol was adjusted so that only
positive displacements would be developed. In addition,
since the entire testing program included approximately
400 cyclic tests, in addition to the ones necessary to define
the CUREE reference displacement, the loading rate for
cyclic loading was adjusted so that each test could be ran
in approximately five (5) minutes.
SDS25212
SDS25300
CNA4x60
Figure 3: The screw used in connections.

Figure 6: Test fixture for wall-to-floor connector in shear
direction.

HGA10KT

ABR105

Figure 4: The metal connector

For tagging the tests a 9-letter long tag was used for each
test. The first two characters refer to connection type (e.g.
HG is for the HGA10KT connection and AB is for the
ABR105 tests). The next four characters refer to panel
type (H stands for high-grade lumber, L stands for lowgrade lumber, D for Douglas-fir, and P for Pine). The next
character shows the loading direction which L is for lateral
(shear) and W for withdrawal loading direction. The
remaining two digits are the test number, which ranges
from 1 to 6. For instance, the HG-HDLD-L-01 refers to
the first specimen of HGA10KT brackets shear testing on
hybrid panel with high grade DF laminations on the face
and low-grade DF lamination in the core.
Table 2: Connection test configurations and test information.

Panel

Layup

Connectors

Reference
panels

HDHD

HGA10KT
and
ABR105

HDLP

HGA10KT
and
ABR105

HDLD

HGA10KT
and
ABR105

Hybrid
panels

Load
direction
shear
withdrawal
shear
withdrawal
shear
withdrawal

4.2 Instrumentation
Figure 5: Test fixture for wall-to-floor connection in withdrawal
direction.

Four channels were tracked per test, including two
channels from the actuator tracking load and
displacement, and two linear variable differential
transformers (LVDTs) that measured uplift and rotation.
The first LVDT measured the connector relative
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displacement was computed as the difference between the
actuator displacement and the relative uplift. The latter
LVDT was installed to verify that the rotations of the
specimen (which were restrained from lateral movement)
were negligible. Force-displacement curves and failure
modes were recorded for all the tests.
4.3 Test Results
Force-displacement relations are the main output of the
performed tests. Hysteretic plots were generated for each
test. The backbone (envelope) curves were generated by
connecting the maximum load points in each primary
cycles. The values of maximum load and corresponding
displacements are extracted from the tests results. Figure
7 presents the hysteresis plots for the tests on the HGHDLD-L and HG-HDLD-W tests alongside with the
backbone curves (shown in red). Example test results for
the ABR connections are not shown in the interest of
brevity.

(a)

(b)
Figure 7: The hysteresis force-displacement plots and the
positive backbone curve (peak load is marked) for HGA10KT
connections subjected to: (a) cyclic shear loading, and (b)
withdrawal cyclic loading.

5 DISCUSSION
5.1 Data Analysis
The values of the peak load, the displacement
corresponding to the peak, and failure load, with its
corresponding displacements for HGA10KT and
ABR105 metal connections are obtained for each test. The
failure was defined at a point where the post-peak load
drops to 80% of the peak load. These values are presented
in Table 3 and Table 4 for the HGA10KT and Table 5 and
Table 6 for the ABR105 connectors.
In order to justify the comparison between performances
of the conventional panels and the hybrid panel, a t-test
used. The obtained values form the t-test are summarized
in Table 7 for the HGA10KT connector and Table 8 for
the ABR105 connector.
For the HGA10KT connectors, there was no significant
difference between conventional and hybrid panels, both
in shear and withdrawal tests (see results in Table 7). This
results can be related to the penetration depth of the
screws which are ~76 mm (3 inches) within the wood
substrate for SDS25300, while for the SDS25212 it is only
~38mm (1.5 inches). In withdrawal tests, the failure was
always imposed in the wall side of the connections, which
had four SDS25212 screws. The SDS25212 screws carry
load in the shear direction while the four SDS25300
screws on the floor side are carrying withdrawal loads.
The withdrawal capacity of the SDS25300 screws are
higher than of the shear strength of SDS25212. Since the
thickness of the face layer for all the panel layups is
similar, and almost equals out to ~38 mm (1.5 inches), the
SDS25212 screws do not penetrate within the core layer
of the panels. Therefore, the strength of all the tests ended
up not being significantly different, as expected.
Even though no significant difference is observed in the
strength for the HGA10KT connectors, there was a
statistically significant difference between the
corresponding displacements at the peak load between
conventional and hybrid panels. Now, the differences
observed in terms of displacements need more inspection
and it may be attributed to the variability of timber.
For the HGA10KT connectors, comparing HDLD vs.
HDLP hybrid panels, there is no significant difference in
forces or displacements between the two panel types.
Considering the fact that the failure in these was observed
in the SDS25212 screws, and the screws did not penetrate
into the core layer, this was again expected.
In the HGA10KT connections, it was observed that by
having a well-designed connection, the failure will be
imposed to the face layers with high-grade material.
Therefore, the low-grade material will not have a
significant effect on the strength of the connection.
In the ABR connections, which were connected with
CNA nails, the nails penetrated into the core layers on
both floor and wall sides of the connection. By inspection
of Table 8, no significant reduction was observed in shear,
which may be explained on the non-even distribution of
the bearing stress through the nail’s shank. When the nail
is loaded in shear, the bearing stress increases with
increasing proximity to the nail head, and the bearing
stress decreases with an increasing distance away from the
nail head. In contrast, due to withdrawal loading, the
whole length of the nail shank is engaged in transferring
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the withdrawal force in an identical form, and thus no
reduction of friction between the nail’s shank and the
wood’s substrate material is observed. Therefore the
interaction between the nail and the low-grade material
layer causes a reduction in the connection strength. This
is clearly reflected in the statistical tests between the
HDHD vs. HDLD and HDHD vs. HDLP panels.
.
Table 3: HGA10KT – values of peak load and corresponding
displacement for the tests in shear loading (Loads in kN and
Displacement in mm).
Peak
Load

Test
Mean
HDHD

HDLD

HDLP

14.6

Disp @
Peak
Load
14.0

Failure
Load
11.7

3.26

1.44

3.83

23 %

12 %

19 %

Mean

16.6

20.0

13.3

23.0

SD

1.73

3.41

1.38

2.02

COV

10 %

17 %

10 %

9%

Mean

18.2

20.03

14.6

21.7

SD

1.67

4. 6

1.34

6.35

COV

9%

23 %

9.17%

29 %

Table 4: HGA10KT – values of maximum load and
corresponding displacement for the tests in withdrawal loading
alongside with the statistical parameters values. (Loads in kN
and displacement in mm.)

Mean
HDHD

HDLD

HDLP

13.1

Disp @
Peak
Load
8.60

Failure
Load
10.5

HDHD

HDLP

1.81
12 %

HDHD

HDLP

1.38

1.21

1.10

3.02

10 %

14 %

10 %

120 %

Mean

13.5

10.7

10.8

17.2

SD

0.87

3.82

0.697

3.36

COV

6%

36 %

6%

20 %

Mean

14.1

8.37

11.3

16.7

SD

1.61

3.99

12.85

2.04

COV

11 %

48 %

11 %

12 %

Failure
Load

Disp @
Failure
Load
40.0

16.0

SD

1.6

4.65

1.31

3.86

COV

8%

15%

8%

10 %

Mean

20.3

29.1

16.3

38.1

SD

1.61

3.90

1.28

5.52

COV

8%

13%

8%

15 %

Mean

20.7

28.3

16.6

33.9

SD

1.37

2.88

1.09

4.55

COV

7%

10 %

7%

13 %

Test

HDLD

SD

20

Disp @
Peak
Load
30.7

Table 6: ABR105 – values of maximum load and
corresponding displacement for the tests in withdrawal loading
alongside with the statistical parameters values. (Loads in kN
and displacement in mm.)

Disp @
Failure
Load
15.1

COV

Peak
Load
Mean

HDLD

SD

Peak
Load

Test

Disp @
Failure
Load
19.9

COV

Test

Table 5: ABR105 – values of maximum load and
corresponding displacement for the tests in shear loading
alongside with the statistical parameters values. (Loads in kN
and displacement in mm.)

Peak
Load
Mean

21.7

Disp @
Peak
Load
10.2

SD

0.99

1.38

Failure
Load
17.3

Disp @
Failure
Load
15.9

0.80

0.99

COV

5%

14 %

5%

6%

Mean

19.2

9

15.3

27.8

SD

1.49

1.41

1.12

8.04

COV

8%

16

8%

29%

Mean

19.4

8.61

15.5

16.0

SD

1.40

0.85

1.18

4.04

COV

8%

10%

8%

25 %

Table 7: HGA10KT – Result of t-test on the connections for peak
loads and the corresponding displacements (Loads in kN and
Disp in mm; Yes and No shows if the t-test shows any significant
difference between the two tests or not)
Shear

T-test

Withdrawal

Disp

Load

Disp

Load

HDHD
vs.
HDLD

Difference

Yes

No

No

No

p-value

0.0221

0.0789

0.2137

0.562

HDHD
vs.
HDLP

Difference

Yes

Yes

No

No

p-value

0.0344

0.005

0.891

0.275

HDLD
vs.
HDLP

Difference

No

No

No

No

p-value

0.896

0.1342

0.979

0.928
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Table 8: ABR105 – Result of t-test on the connections for peak
loads and the corresponding displacements (Loads in kN and
Disp in mm; Yes and No shows if the t-test shows any significant
difference between the two tests or not.)
Shear

T-test

Withdrawal

Disp

Load

Disp

Load

HDHD
vs.
HDLD

Difference

No

No

No

Yes

p-value

0.5330

0.7528

0.2652

0.0360

HDHD
vs.
HDLP

Difference

No

No

No

Yes

p-value

0.3433

0.4613

0.0850

0.0488

HDLD
vs.
HDLP

Difference

No

No

No

No

p-value

0.7133

0.6717

0.6027

0.8250

5.2 The Failure Modes
The failure modes are described for the HGA10KT
connections only. The reader can contact the authors for
information on the ABR105.
Several modes of failure were observed during the tests.
In shear tests, the failure was observed in the wall side of
the connection, which had four SDS25300 screws. The
failure was due to crushing of the fibres in wood substrate
material. Figure 8 represents the observed mode of failure.
The failure in the screws resembles mode Im of the
European yield model from the NDS. The screws almost
always were left intact. The connection was slightly
damaged and bent in the direction of the loading.

(Figure 10). In this case, one row of screws were spaced
in fraction of an inch from the gap between the
laminations.

6 Conclusions
The results of a cyclic testing program on select connector
system (Simpson Strong-tie HGA10KT and ABR105) on
hybrid CLT layups for wall-to-floor connections are
presented in this paper. The performance of connectors in
two perpendicular directions under modified CUREE
cyclic loading protocol were presented. The tests showed
that difference in the strength of the connection systems,
on hybrid layup was not statistically significant from the
conventional panels for the HGA10KT. However, for the
ABR105 withdrawal tests, strength results can be
considered statistically significantly different.
It is clear for these tests that the detailing of the connectors
are important to the performance of the connectors. With
an appropriate selection of the connection system, and if
the failure is imposed to occur on the face layer of the
hybrid panel, the corresponding low-grade core layers
will have negligible effects on the strength of the panels.

Figure 9: HGA10KT – The observed mode of failure in the
withdrawal test.

Figure 8: HGA10KT – Observed mode of failure in the shear
tests at SDS25300 screws wood substrate material on the wall
side of the panel

In withdrawal, the failures were always on the wall side
of the connection at the SDS25212 screws in the wood
substrate material also resemble mode Im of the European
yield model from the NDS. The damage was similar to the
one observed in shear loading, but the only difference was
that the damage was seen here along the direction of grain,
while for the shear the failure was perpendicular to the
grain direction. No damage was visible on the floor side
of the connections. Figure 9 shows this mode of failure.
In some cases, the failures observed were result of
splitting of a single lamination piece on the wall side

Figure 10: HGA10KT – Observed mode of failure in withdrawal
tests. In this case, splitting in a single lamination is observed due
to the small distance of the screws to the gap between the
laminations.
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DYNAMIC PERFORMANCE MEASURED ON TWO 6-STOREY
BUILDINGS MADE FROM WOOD STRUCTURES BEFORE AND AFTER
THEIR COMPLETION AND OCCUPANCY
Lin Hu1, Eric Karsh2, Sylvain Gagnon3, Christian Dagenais4, Redouane Ramzi5
ABSTRACT: Due to lightweight nature of wood, wind excitation induces vibration with larger amplitude in wood
buildings when compared to that of buildings built with steel and concrete. Lacking data of dynamic performance of
wood buildings such as natural frequencies, damping ratios, and the responses to wind excitation challenges the windinduced vibration controlled design. To bridge the gap, this study was conducted on two 6-storey new wood buildings
to measure their natural frequencies and damping ratios using ambient-vibration test (AVT) and operational-modalanalysis (OMA) technique before and after the building completion. It was found that the construction details
significant affected the wood building vibration performance under wind excitation. It is concluded that AVT and
OMA are simple and reliable for measuring building frequencies, but it is not as straightforward for accurate damping
measurement. The measured frequencies and damping ratios provide useful information on dynamic performance of
mid-rise and tall wood buildings for wind induced vibration controlled design.
KEYWORDS: 6-storey wood buildings, wind-induced vibration, frequency, damping ratio, ambient-vibration test
(AVT), operational-modal analysis (OMA)

1 INTRODUCTION 123
Demand for multi-family and multi-storey buildings is
growing. Furthermore, the demand for green buildings
provides a great opportunity for wood to penetrate into
midrise and tall wood building construction. However
due to the lightweight nature of wood construction,
wind-excitation induces vibration in wood buildings with
larger amplitude when compared to that of buildings
built with heavier materials such as steel and concrete
that traditionally predominate midrise and tall building
construction.
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Excessive vibration of the buildings can cause occupants
discomfort, disturb the function of building components
such as windows and doors, and make equipment disfunction. It can also results in elevators no longer
capable of moving freely in a vertical shaft.
ISO 2631-2 recommends the human acceptability
criterion to building horizontal vibration. Figure 1
shows the criterion [1].
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where:
W,d = across-wind direction effective width and alongwind direction effective depth, respectively, in m
aW, aD = peak acceleration in across-wind and alongwind directions, respectively, in m/s2
ar = 78.5 x 10-3 in N/m3
ρB = average density of the building in kg/m3
βW, βD = fraction of critical damping in across-wind and
along-wind directions, respectively
fnW, fnD = fundamental natural frequencies in across-wind
and along-wind directions, respectively
Δ = maximum wind-induced lateral deflection at the top
of the building in along-wind direction, in m
g = acceleration due to gravity = 9.81 m/s2
gp = statistical peak factor for the loading effect
K = factor related to the surface roughness coefficient of
the terrain
s = size reduction factor
F = gust energy ratio at the natural frequency of the
structure
CeH = exposure factor at the top of the building
Cg = gust effect factor

Figure 1: Human acceptability criterion for building
horizontal vibration [1]

ISO criterion shows that human acceptability to building
vibration depends on the building vibration frequency.
Human is more tolerant to high frequency vibration.
The National Building Code of Canada [2] also
recommends acceleration based criterion to control
wind-induced building vibration for wind vibration
design check. The calculation equations are provided to
determine the building peak accelerations due to windexcitation using the natural frequencies and damping
ratios as input. Equations (1) and (2) describe the
empirical equations to calculate the accelerations of
across-wind and along-wind directions
Across-wind direction:
2
aW  f nW
g p Wd (

ar
)
 B g W

(1)

Therefore, for controlling wind-induced vibration using
the criteria and the calculation equations, the natural
frequencies and damping ratios of buildings are the two
key parameters affecting building vibration performance
under wind excitation and controlling the vibration. A
database of the building natural frequencies, damping
ratios, and the real time acceleration responses of wood
buildings to wind excitation is needed. The database is
also useful to verify the building dynamic analysis and
design tools. Modelling wood building wind-induced
vibration is challenging, and verification is necessary to
ensure all assumptions are reasonable and adequate.
Because of the very short history of mid-rise and tall
wood buildings, there is little data of these building
frequencies and damping ratios, and there is no data of
the real time responses of these buildings to wind
excitation.
Therefore, FPInnovations launched a research project to
measure mid-rise and tall wood building natural
frequencies, damping ratios, and to measure real time
acceleration responses of some mid-rise wood building
to wind excitation. This paper focuses on the field
measurement on two 6-storey wood buildings recently
built in Canada to determine the building frequencies
and damping ratios, the measurement technique and
post-data analysis method, and finally the challenges.

2 OBJECTIVE
Along-wind direction:
2
aD  4 2 f nD
gp

KsF 
CeH  D C g

(2)

The main objective of this study was to experimentally
determine the natural frequencies and damping ratios of
two 6-storey buildings built with wood before and after
their completion and occupancy, and to identify the
measurement and data analysis techniques, and
challenges.
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3 DESCRIPTION OF THE TWO
6-STOREY WOOD BUILDINGS
One of the buildings is a 6-storey hybrid post and beam
hybrid wood-concrete office building called “CSNFondaction” located in Québec City. The overall area of
each floor is about 930 m2 and the total height from
ground level is 22.1 m. The structure consists of gluelaminated timber (glulam) post and beam construction.
The diaphragm consists of tongue & groove glulam
decking supported by glulam purlins spanning between
the main glulam post and beam frames. The diaphragm
was designed to transfer wind and seismic loads to the
vertical part of the lateral load resisting system (LLRS).
Concrete shear walls and cores are used as the LLRSs.
Concrete LLRSs are located in such a way as to
maximize torsional resistance under lateral loads. Figure
2 shows the concrete shear wall and the cores, and the
timber post and beam structure [3].

(Figure 4). The CLT shearwalls are balloon-framed,
meaning that they are vertically continuous to minimize
shrinkage and reduce the number of horizontal
connections.

Figure 3: Wood Design Innovation Centre
(WIDC)(Courtesy of FPInnovations)

Figure 2: CSN building and its structure (Courtesy of Nordic
Engineered Wood)

The second tested building is the 29.5 m high Wood
Design Innovation Centre in Prince George (Figure 3).
This 6-storey building includes a large mezzanine above
the ground floor and a large mechanical penthouse on
the roof. The LLRS consists of a cross-laminated timber
(CLT) stair and elevator core. The gravity system
consists of a post and beam glulam frame and CLT floor
slabs. The floor slabs typically consist of 3-ply CLT
upper panels overlapping 5-ply CLT lower panels at a
2 m spacing o.c, creating a corrugated slab system
designed to incorporate services above and below

Figure 4: WIDC building detail and the concept of the
structure (Courtesy by Equilibrium Consulting, Inc.)
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4 REVIEW OF TECHNIQUES TO
DETERMINE BUILDING
FREQUENCIES AND DAMPING
RATIOS
Modal testing and analysis are the techniques used to
experimentally determine natural frequencies and
damping ratios of a structure. There are two types of
modal testing techniques and two associated postanalysis methods called modal analysis.
The one is the classical “forced vibration testing (FVT)”
method, which uses an artificial excitation to vibrate the
structure, while sensors record the excitation force and
the structure’s response to the excitation [4]. The
excitation and response signals are processed to generate
a frequency-response-function (FRF). From FRF, the
natural frequencies, mode shapes and modal damping
ratios are extracted. The FVT and modal analysis
techniques are mature and reliable. Dedicated software
packages are available on the market. This traditional
modal testing and analysis method needs to use an
excitation with sufficient energy to vibrate the structure
having the signals with high signal to noise ratio. For
larger structures, the required excitation is too significant
to realize or operate in-situ.
Therefore the method called “ambient vibration testing
(AVT)” has been chosen as an alternative [5]. AVT does
not need artificial exciter, but just uses the natural
ambient excitations such as wind, traffic, or seismic
micro-tremors. The more broad-band the ambient
excitation is, the better are the results. Otherwise, there is
some risk that not all natural frequencies of the structure
are excited. The response signals are analysed using the
“operational modal analysis (OMA)” technique to
generate the cross function from which the natural
frequencies and modal damping ratios are extracted [6].
The first software package of OMA has been developed
in the early 1990’s. Today, there are several software
packages available on the market.

5 APPROACHES
In this study, the AVT and OMA methods were used on
both buildings during construction and after their
completion and occupancy.
The system used to conduct the ambient vibration testing
consisted of a four-channel LMS data acquisition device,
an eight-channel LMS data acquisition device, eight
accelerometers of sensitivity around 500 mv/g, and LMS
operational modal analysis (OMA) software loaded on a
laptop computer. The accelerometers had an operating
range of 0.2 to 1000 Hz. Figure 5 shows the LMS data
acquisition devices and the computer.

Figure 5: AVT building test system and working station in
WIDC building

The four-channel LMS data acquisition device was used
as the master device (Figure 5). It was located on floor
level 5 and was connected to the computer equipped
with the software for acquiring the signals and for post
processing of the signals to obtain the natural
frequencies, mode shapes, and damping ratios. The
eight-channel LMS data acquisition device was used as
the slave device (Figure 5). It was connected to the
master device, but it was roving from one floor to
another. Therefore, the two devices together formed a
12-channel data acquisition system. The master and the
slave data acquisition devices and the laptop computer
formed the working station.
Two accelerometers were fixed horizontally on the
surface of the corner of the floor in level 5 through a
fixture (Figure 6). The axis of one accelerometer was
oriented along the long axis (y-axis) of the building,
while the axis of the other accelerometer was placed
along the direction perpendicular to the long axis of the
building (x-axis). These two accelerometers were used as
references and were connected to the master LMS data
acquisition device. The reference accelerometers were
placed on the floor in level 5 to avoid the node of the
second cantilever mode of the building along its height
because this node was most likely positioned close to
floor level 6. Figure 7 shows the WIDC floor plan as
example to describe the definitions of the x- and y-axes,
and the locations of the reference accelerometers, A1
and A2, and other roving accelerometers A3-A8. The
CSN building testing used the same way to setup the
accelerometers.
This
arrangement
allows
the
measurement of the signals for the horizontal vibrations
of the building in the x-and y-axes. During the ambient
vibration test, these two reference accelerometers were
fixed on the floor at the same location on the floor in
level 5.
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Figure 6: Setup of the reference accelerometers on fifth floor
of WIDC building

The other six accelerometers, numbered A3 to A8
(Figure 7), were successively moved (roved) from floor
level 2 to floor level 6 to measure the building’s lateral
vibrations at each level. They were placed along the
symmetric axis of the building plane in the x- and ydirections at three different locations on the floor of each
level, i.e., one in the edge near the outer perimeter of the
floor, one in the other edge near the outer perimeter of
the floor, and one in the centre of the entire floor
(Figures 7 and 8). At each location, two accelerometers
were placed in the same way as the two reference
accelerometers (Figure 7). Such a setup allows the
identification of the two translations and the torsion
modes in the building plane, and of the second cantilever
mode of the building along its height. These six roving
accelerometers were connected to the slave LMS data
acquisition device, therefore the slave device was also
roving from floor level 2 to floor level 6. The length of
the data acquisition time window was 2 minutes. LMS
operational modal analysis software (OMA) was used to
generate the cross-power functions from the signals
measured by the roving accelerometers at each level
along with the signals measured by the reference
accelerometers for the building. The vibration modes,
and the associated natural frequencies and damping
ratios were extracted from the cross-power functions.

Figure 7: Location of the reference (A1-A2) and roving
accelerometers (A3-A8) on level 5 floor of WIDC building
(Drawing courtesy of Michael Green Architecture)

The natural frequencies and associated modal damping
ratios derived for the CSN building testing during
construction were verified by conducting the AVT on the
building side by side with a McGill University research
team that used a different data acquisition system,
velocity sensors and OMA software provided by other
producer. McGill’s test system consisted of velocity
transducers and LEAS CitySharkII data acquisition
systems (DAS). The velocity transducers had an
operating range of 0.2 - 40 Hz. The OMA software
package “ARTeMIS” was provided by Structural
Vibration Solutions A/S [7].
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current technology. Nevertheless, they were within an
acceptable range of discrepancies.
Tables 2 and 3 summarize the measured frequencies and
modal damping ratios associated with the vibration
modes in floor plan of the two buildings during
construction and after the completion.
Table 2: Measured frequencies and damping ratios of CSN
building

Mode in floor
plan
Translation-x
Translation-y
Torsion

During
Construction
F (Hz) D (%)
2.7
1
3.9
3
7.1
5*

Completed
Building
F (Hz) D (%)
2.8
4
3.8
4
7.9
2

Table 3: Measured frequencies and damping ratios of WIDC
building

Mode in floor
plan
Translation-x
Translation-y
Torsion
Figure 8: Setup of the roving accelerometers on the edge (top)
and at the center of the sixth floor (bottom)

6 RESULTS AND DISCUSSION

During
Construction
F (Hz) D (%)
1.1
3
1.5
2
3.4
4

Completed
Building
F (Hz) D (%)
1.6
2
1.9
2
N.A.
N.A.

Figure 9 illustrates the sample cross-power function
measured on the CSN building during construction, from
the cross-power functions, the building natural
frequencies and damping ratios were extracted.

Table 1 summarizes the measured natural frequencies
and modal damping ratios of CSN building during
construction by two test teams using two different
devices, sensors, and OMA software packages.
Table 1: Comparison of measured frequencies and damping
ratios of CSN building during construction by two testing
approaches

Mode in floor
plan
Translation-x
Translation-y
Torsion
Note:

Measured by
FPI
F (Hz) D (%)
2.7
1
3.9
3
7.1
5*

Measured by
McGill U.
F (Hz) D (%)
2.7
2
3.9
2
6.9
2

F stands for “frequency”.
D stands for “critical viscous modal damping ratio”.
* indicates that it may be not reliable.

As shown in Table 1, the measured frequencies by the
two different approaches were identical, but not the
damping ratios. This was expected because the damping
ratios have been recognized by the modal testing
community as the most difficult parameter to measure
reliably and accurately. This also indicates the challenge
in measuring wood building damping ratios using the

Figure 9: A typical cross-power function measured on the CSN
building during construction through AVT

Figure 10 demonstrates the sample time signal of
acceleration response in translation direction measured
on the WIDC building to ambient excitation during
construction through AVT. It can be observed that the
response signal is a random signal containing a broad
range of frequency components, including the
frequencies of interests.
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Figure 12: A typical cross-power function measured on the
WIDC building after the building completion through AVT

Figure 10: A sample time signal of acceleration response in
translation direction measured on the WIDC building to
ambient excitation during construction through AVT

Figures 11 and 12 illustrate the sample cross-power
functions measured on the WIDC building during and
after the construction, from the cross-power functions,
the building natural frequencies and damping ratios were
extracted. It is interesting to observe that the cross-power
function changed after the WIDC building was
completed with the non-structural elements such as
partitions, finishes, etc. But, this was not observed on the
signals measured on CSN building. It was noticed that
the CSN building had concrete shearwalls and concrete
elevator cores, resulting in a building being stiffer than
the WIDC building, as indicated by the much higher
natural frequencies of the CSN building than that of the
WIDC building. Therefore, the contributions from the
partitions, finishes in the completed building did not
have noticeable effect on the overall building stiffness
and mass, and on the natural frequencies of the building.

7 CONCLUSIONS
AVT is simple, easy-operation and cost-effective method
for testing wood buildings. OMA is reliable for
determining building natural frequencies from the AVT
signals, but it is not as straightforward for accurate
damping measurement.
The measured frequencies, and the damping ratios of the
two 6-storey wood buildings before and after completion
provide useful information on dynamic performance of
midrise and tall wood buildings, and for wind-vibration
control design. They are also useful for verify dynamic
analysis models of wood buildings.

8 RECOMMENDATIONS
Considering the efforts to establish a sufficiently large
database of dynamic performance of midrise and tall
wood building for the development of design provisions
for controlling wind-induced vibration in midrise and tall
wood buildings, it is recommended that international
collaboration in this area is necessary so that we can
share the data with each other and to build one such
desirable database.
There is also a need to develop a standard test method at
ISO for the AVT testing and post-data analysis to obtain
building frequencies and damping ratios, and for
measuring the building real time responses to windexcitation. FPInnovations will take the initiative, and is
looking forward to international collaboration in this
matter.
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DYNAMIC PROPERTIES OF TALL TIMBER STRUCTURES UNDER
WIND-INDUCED VIBRATION
Angela Feldmann1, Haoyu Huang2, Wen-Shao Chang3, Richard Harris4, Philipp
Dietsch5, Martin Gräfe6, Carsten Hein7
ABSTRACT: This paper describes a project that aims at evaluating the dynamic properties of tall timber structures
under wind-induced vibration in serviceability level from a series of onsite measurements on existing multi-storey
timber buildings and timber towers. Ambient vibration measurement was carried out on nine timber towers and three
tall timber buildings to derive dynamic parameters including natural frequencies, damping ratios, and mode shapes. The
results were analysed by time and frequency domain approach. The factors that influence the dynamic parameters, such
as construction type, height, and vibration amplitudes, are discussed. The outcomes of this paper are useful for
engineers to evaluate the dynamic parameters in the design of tall timber structures.
KEYWORDS: Tall timber buildings, Timber towers, Ambient vibration testing, Wind-induced vibration,
Serviceability

1 INTRODUCTION 123
Timber is increasingly used as material for the primary
structure in multi-storey buildings and tall structures.
Compared to high-rises built in concrete and steel, tall
timber structures entail some special structural
challenges that need to be considered and solved in a
smart way. Important aspects are their light weight and
flexibility compared to conventional buildings. Thus,
they tend to be susceptible to dynamic lateral loads and
are likely to react with perceivable or even disturbing
acceleration amplitudes under wind-induced vibrations,
especially when reaching big heights [1,2].
Serviceability can be seriously affected by building
users’ discomfort. Therefore, it is crucial to predict the
dynamic behaviour of the buildings under wind load at
an early stage to design a well-functioning structure and
have the possibility to apply improving measures [2]. In
order to perform a realistic analysis of the structure’s
response, the relevant dynamic properties have to be
estimated and a profound understanding of the dynamic
behaviour is essential [3].
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However, current design codes, guidelines, and research
give only few indications for the relevant dynamic
properties of timber structures under wind load,
especially damping, which is the most influential
property governing the design [1,4-6]. It is affected by a
number of different factors such as activation of friction
and yielding, which explains that damping depends on
construction type and vibration amplitudes [3]. This
effect was also observed by various research projects on
the dynamic behaviour of tall timber structures [7-17].
Onsite vibration testing on existing structures has
become a powerful method to extract their dynamic
parameters and analyse different influence factors as it
has been done to establish a data base of damping
reference values for steel and concrete structures [3].
This paper describes a project that consists of a series of
onsite measurements on existing tall timber structures
including multi-storey buildings and towers under windinduced vibration in serviceability level. It explains the
methodology used and provides the theoretical and
practical background of ambient vibration testing and
analysis methods in Section 2. The results including
fundamental frequencies, damping ratios, and mode
shapes of the tested structures are presented in Section 3
and discussed in Section 4. Section 5 gives some
concluding remarks and suggestions for potential future
research. Full details of this project can be found in [18].

WCTE 2016 e-book | 3576

2 METHODOLOGY

excitation can be used to derive dynamic properties of a
structure such as fundamental frequency, damping ratio,
and mode shape. [3,19]

2.1 SELECTION OF TALL TIMBER
STRUCTURES

Figure 1: Tested Tall Timber Structures

In this project, three multi-storey residential and office
timber buildings, eight observation towers, and one wind
turbine were selected for the vibration tests. An
overview of the geometry is given in Figure 1 and basic
information can be found in Table 1. The structures were
classified into timber frame, timber frame with cladding,
and solid timber tube construction. Therefore, they vary
in their structural load bearing system and the proportion
of secondary structure. The majority of the structures are
located in Germany, while one building is located in
Austria. Heights of these structures range from 20 m to
100 m.

The advantages of this method are the analysis of the
building’s performance under normal conditions
avoiding the influence of artificial excitation, a high
efficiency, and no significant disruption of the operation
or damage of the structure. The disadvantage of ambient
vibration testing is the danger of recording only very
small amplitudes which do not excite the structure
sufficiently to derive modal parameters. This risk
especially applies to small and stiff structures with high
fundamental natural frequencies. However, the method is
well applicable to large structures with low natural
frequencies around or below 1 Hz. It has been
successfully used for skyscrapers, bridges, and lately
also for tall timber buildings. Very sensitive sensors
have to be used to record significant data. [15,16,19-23]
The raw data include the random response to ambient
vibration and some noise that has to be filtered out. For
the latter, efficient algorithms exist. In order to derive
modal parameters from ambient vibration testing, the
prerequisite of a white noise excitation has to be
fulfilled. White noise is characterised by a random
excitation signal and a broad frequency spectrum. The
mean value of the excitation signal should be zero. These
prerequisites are generally assumed to be valid for wind
excitation. [19]

Table 1: Construction Types and Heights of Tested Structures

Name of Structure
Height (m)
Towers - Solid timber tube
Himmelsstürmer
38.4
Timber Tower
100
Towers - Timber frame
Baumturm
44.5
Blumenthal
45.0
Haidelturm
35.2
Ochsenstiegl
25
Towers - Timber frame with cladding
Altenbergturm
42.5
Augstbergturm
28.0
Kadernberg
30
Buildings – Solid timber, concrete core
H8
23.9
Buildings – Timber frame, timber core
Kampa
26.4
Buildings – Timber frame, concrete core
Life Cycle Tower One
26.6

Number
6
9
3
4
5
8
1
2
7
10
11
12

2.2 AMBIENT VIBRATION TESTING
Natural vibrations, including wind-, human-, and
machine- induced vibrations as well as movements of the
soil, are referred to as ambient vibration. These represent
the vibrations that a building is exposed to under normal
operation. Ambient vibration testing without any forced

Figure 2: Measurement Set-up

The structures were tested between June 18th and July
1st 2015. The measurement set-up and test equipment
can be seen in Figure 2. Three piezoelectric
accelerometers with a lower frequency limit of 0.1 Hz
and a nominal sensitivity of 10 V/g were used in all tests.
The accelerometers were connected to a data logger
recording data for each channel separately. The data
logger was connected to a laptop with the software
LabView and a battery. This set-up was very convenient,
since it did not necessarily need external power supply
and could be transported and installed with reasonable
effort.
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For towers, the measurements were done on the highest
accessible storey to record the vibration close to the tip.
One point was selected and the acceleration under
ambient vibration was recorded in the two horizontal
directions for 40 to 60 minutes. The data was sampled
with a frequency of 200 Hz. According to the Nyquist
Theorem, this sampling rate allows to display the
frequency range of interest correctly without the problem
of aliasing. The ambient vibration tests in buildings were
done on the roof or the highest storey of the building.
This choice depended on the accessibility of the roof and
the floor covering. Because of the higher structural
complexity of buildings, more measurement points were
picked leading to multiple input channels and various
data sets. The vibration was measured simultaneously in
different parts of the structure e.g. concrete core and
timber elements. Each set-up was recorded for 20 to 40
minutes.

Figure 3: Time History Record of Himmelsstürmer Tower

The results obtained from the ambient vibration tests
consist of the acceleration response in m/s2 of the
structure to ambient vibration for each measurement
channel and each measurement point in time domain.
Figure 3 shows a typical time history of acceleration
response data taken from Himmelsstürmer Tower in
horizontal direction. The raw data are contaminated by
noise caused by people walking in close proximity of the
accelerometers or other local high-frequency excitations
and could not be used directly to extract dynamic
properties. Therefore, the data were processed by
numerical analysis methods.
2.3 ANALYSIS
2.3.1 Overview
Ambient vibration data need to be analysed in a two-step
approach as it can be seen in Figure 4. Various methods
have been applied to gain more confidence in the results
and compare different approaches. In the first step, the
random response data were transformed using the
Random Decrement Method (RD Method). This allows
to eliminate the random response of the structure, reduce
noise contamination, and derive a data set representing
the inherent system vibration. Modal analysis methods
can be applied in a second step, either in time domain or
in frequency domain. The data from towers were
processed in time domain using the Matrix Pencil
Algorithm (MP Algorithm) and in frequency domain by
the Half Power Bandwidth Method (HPB Method).
These methods derive results for the dynamic properties
for each measurement channel separately. Building data
were processed the same way. Additionally, the Ibrahim

Time Domain Method (ITD Method) was applied for
buildings taking into account all simultaneously recorded
channels. Details on the theoretical background of all
methods can be found in the respective references given
in each section. Data were processed by a MATLAB
routine.

Figure 4: Two-step Data Processing

To apply modal analysis methods, the assumption of a
linear, time-invariant system needs to be valid [3]. The
traditional approach used in codes regards the structural
dynamic behaviour under wind-induced vibration to be
in the linear elastic range and changes to non-linear,
plastic behaviour under much bigger vibration
amplitudes like those caused by earthquakes [3,4]. The
results in this paper were conducted under these
assumptions. However, research has found that
structures can behave non-linearly even under windinduced vibration, which could especially be observed
for super-tall buildings and for ambient vibration tests of
multi-storey timber buildings [22-25]. Therefore, the
data were analysed more critically relating them to the
vibration amplitudes.
Since the amplitudes under ambient vibration are
relatively small, the structures were assumed to be
excited only in the first few modes. This coincides with
the methods stated in EC 1 Part 1-4, which only consider
the fundamental vibration mode for the analysis of windinduced vibrations [4]. The reliability of results from
ambient vibration testing for higher modes decreases
significantly. Thus, the data analysis was performed with
the goal to extract fundamental frequencies, associated
damping ratios, and mode shapes.
2.3.2 Filtering
A bandpass filter was applied to reduce noise caused by
local high-frequent excitations and narrow down the
frequency content of the raw data to the frequency range
of interest. It does not eliminate noise completely but
leads to a much less distorted signal. A 9th-order
Butterworth filter was chosen to eliminate frequencies
below 0.1 Hz and above 12 Hz. This range is assumed to
include the fundamental frequency of all structures and
possibly a few higher modes. The filter type has shown a
good ability to reduce noise in previous research [16].
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Figure 5 shows the filtered time history record of
Himmelsstürmer Tower in lateral movement.

Figure 5: Filtered Time History Record of Himmelsstürmer
Tower

2.3.3 Random Decrement Method
The RD Method [26,27] is a technique that extracts a
pseudo free decay response from random ambient
vibration response data called RD signature as it can be
seen in Figure 6. This RD signature represents a
weighted autocorrelation function. It was found out that
it behaves similarly to the structure’s free decay and can
therefore be used in further data analysis either by means
of frequency domain or time domain methods. It is an
essential and reliable pre-processing technique for
working with ambient vibration data and also allows the
investigation of a varying vibration amplitude [26,28].

set to 1.5-2.5 times the standard deviation of the signal.
A trigger value of 2 times the standard deviation was
used by Reynolds et al. [16] and has proven to be
efficient for selecting enough segments to result in a
smooth RD signature after averaging and eliminating
noise.
2.3.4 Matrix Pencil Algorithm
The MP Algorithm [29,30] uses noise-contaminated data
to construct an eigenvalue problem of a non-square
matrix from single channel measurement data. The
solution of the eigenvalue problem gives frequencies and
damping ratios for each inherent vibration mode, i.e.
those, which are not due to noise. To deal with noise
contamination, a Singular Value Decomposition (SVD)
is performed, which is a useful mathematical conversion
to reveal the principal inherent system properties.
The MP Algorithm was used to extract fundamental
frequencies and associated damping ratios for single
channels. The number of modes contributing to the
vibration signal has to be assumed. A wrong assumption
can lead to biased results of damping ratios. The MP
Algorithm includes the calculation of singular values of
the SVD-based approach. These give precious hints on a
number of modes to assume. Another possibility to avoid
the problem of assuming an inappropriate number of
modes is to filter the frequency range using a bandpass
filter to cover only the fundamental mode. Both
approaches were used and compared in the analysis. The
algorithm derives fundamental frequencies and
associated damping ratios and performs a procedure to
compare the fitted signal to the measured signal visually
both in time and frequency domain as it is shown in
Figure 7.

Figure 6: RD Signature of Himmelsstürmer Tower

The basic idea of the method is to delete all parts of the
signal that are not of interest for further analysis by
averaging a large number of segments cut out from the
signal at a certain trigger value. The single channel
random response signal consist of three parts at time t +
t0: the step response from initial displacement at time t0,
the impulse response from the initial velocity at time t0,
and the response from the random excitation between t0
and t + t0. If there is a sufficient number of segments, the
response due to the initial velocity averages out because
the sign of the initial velocity of each segment is
alternating. The random response also averages out due
to its characteristic of being a random response with an
average of zero. This explains why the prerequisite of
ambient vibration testing is a white noise excitation.
Therefore, only the response due to initial displacement
remains and results in the RD Signature which can be
used for further data analysis.
The RD signature should cover the decaying process
sufficiently and therefore, the length of the segments has
to be adapted. The trigger value that determines the point
of cutting the signal into segments is recommended to be

Figure 7: Fitted RD Signature of Himmelsstürmer Tower in
Time and Frequency Domain
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2.3.5 Ibrahim Time Domain Method
The ITD Method [26] uses free decay response data or
RD signatures of a multi channel analysis to establish an
eigenvalue problem. The solution of the eigenvalue
problem contains the natural frequencies and damping
ratios for each mode. There are different approaches on
how to set up the eigenvalue problem. It is necessary to
have a sufficiently large set of data as an input. It is
possible to use acceleration, velocity, and displacement
response data, or sample data with a time shift to
produce more input data, which was used in this project.
The ITD Method was used for the multi channel analysis
of buildings. It derives fundamental frequencies,
associated damping ratios, and modes shapes. The
results were verified checking the Modal Confidence
Factor (MCF) to distinguish between true modes and
modes due to numerical calculation. The natural
frequencies and damping ratios were directly calculated
by the method, whereas the amplitude and phase angle of
the eigenvectors had to be derived from the conjugate
complex entries of the mode shape matrix.
2.3.6 Half Power Bandwidth Method
The HPB Method [3] is a frequency domain method to
estimate the damping at a resonance peak after
performing a Fast Fourier Transformation (FFT). The
width of the frequency peak at an amplitude drop of 3 dB
from the maximum amplitude, which corresponds to a
division by 2, is determined and the damping ratio is
half the ratio of this width to the resonance frequency
[13]. The random response was eliminated by averaging
a large number of segments in frequency domain for this
approach. Figure 8 shows the averaged frequency
spectrum of Himmelsstürmer Tower. It is similar to the
frequency spectrum of its RD signature and shows a
peak at the first fundamental frequency.

Table 2: Results Towers

Name of
Structure
Altenbergturm
Augstbergturm
Baumturm
Blumenthal
Haidelturm
Himmelsstürmer
Kadernberg
Ochsenstiegl
Timber Tower

Frequency
(Hz)
1.88
2.72
1.27
1.90
1.59
1.65
2.19
2.05
0.33

Damping
Ratio (%)
2.28
2.16
2.60
0.64
1.35
1.22
2.70
2.10
0.64

Number
1
2
3
4
5
6
7
8
9

Figure 9: Results Towers

3.2 DYNAMIC PROPERTIES OF BUILDINGS
The results including frequencies and damping ratios of
the first two modes of all tested buildings are shown in
Table 3. To take various results from all performed
methods into account, the table shows the 25th percentile
(left value) and 75th percentile (right value) which gives
a good idea about the scatter of data. The results are
based on RD signatures as close to one decay length as
possible and represent the approximation produced by
the MP Algorithm as well as by the ITD Method.
Result data of H8 Building have the worst quality and
show the biggest scatter, which is caused by very low
excitation amplitudes and a high noise contamination. As
expected, the results for the second modes are less
precise than for the fundamental modes.

Figure 8: Averaged and Normalised Frequency Spectrum of
Himmelsstürmer Tower

3 RESULTS
3.1 DYNAMIC PROPERTIES OF TOWERS
The fundamental frequencies and associated damping
ratios for all tested towers are shown in Table 2 and
Figure 9. They represent an approximation of their RD
Signature produced by the MP Algorithm. Since the
majority of towers showed the same dynamic behaviour
in both measured horizontal directions, the average
results of both channels are given here.

Table 3: Results Buildings

Name of Structure
1st mode
H8
Kampa
Life Cycle Tower
One
Name of Structure
2nd mode
H8
Kampa
Life Cycle Tower
One

Frequency
(Hz)
2.33/2.34
1.60/1.60
1.80/1.85

Damping Ratio
(%)
1.72/2.90
1.29/1.77
2.14/2.31

Frequency
(Hz)
3.31/3.41
1.73/1.73
2.71/2.78

Damping Ratio
(%)
1.50/2.53
1.55/2.03
6.34/7.55

WCTE 2016 e-book | 3580

4 DISCUSSION
4.1 COMPARISON OF TIME AND FREQUENCY
DOMAIN METHODS
A comparison of results between the different methods
showed that they produced very well-matching results
for frequencies and mostly similar but more scattered
results for damping. Deviations were expected due to the
different approaches of the methods. The time domain
approach is considered to be more accurate since it is
eliminating the noise by both the RD Method and the
MP Algorithm and therefore has a higher robustness.
The HPB Method eliminates noise only by averaging in
frequency domain which is susceptible to inaccuracies.
However, the HPB Method produces very good results
for frequencies and gives a good estimate for damping
ratios. For a detailed and precise analysis, the time
domain approach is considered to be superior.

Therefore, no conclusions can be drawn about tall timber
structures in the height range between 45 m and 100 m.
This height range will be part of future research.
4.3 DAMPING
The derived damping ratios for the fundamental mode
cover a range from approximately 0.5-3.0 % as shown in
Figure 11. They mostly exceed the damping ratio of 1 %
given in EC 5 [5] for timber floors which is not
surprising because the type of structure and excitation
are different. EC 1 Part 1-4 suggests damping ratios from
0.5-1.6 % for concrete and steel structures which shows
that tall timber structures can be superior regarding their
capacities to dissipate vibration compared to
conventional high-rises. The value given by EC 1 Part 14 for timber bridges of 1-2 % seems to be roughly
applicable but is not conservative for structures with
damping ratio of less than 1% and too conservative for
structures with damping ratios over 2%.

4.2 FUNDAMENTAL FREQUENCY
The fundamental frequencies of the tested buildings and
towers range from 1-3 Hz, while the wind engine has a
fundamental natural frequency of approximately 0.3 Hz.
EC 1 Part 1-4 [4] states the equation n1=46/h to calculate
the fundamental natural frequency n1 depending on the
height h for cantilevering structures over 50 m in Section
F.2. This equation can also be used to get a rough
estimate for the natural frequency of lower structures. In
Figure 10, the frequencies of the tested structures are
compared with the curve from EC 1 Part 1-4. A leastsquare curve fit has been done to the data points
resulting in a curve defined by n1= 53/h.

Figure 10: Frequencies Related to Height

The formula from EC 1 Part 1-4 gives a good rough
estimate for the fundamental frequencies of the tested
structures. However, for some towers the fundamental
frequency is overestimated. Since structures with lower
natural frequencies are more susceptible to wind-induced
vibrations, it would be on the unsafe side to rely on the
curve from EC 1 Part 1-4 for all tall timber structures. In
average, the tested structures follow a trend line giving a
slightly higher fundamental frequency than the formula
from EC 1 Part 1-4. This can be explained by a higher
stiffness-to-mass ratio of tall timber structures. It has to
be noted that the tested structures only cover a height
range from 20 m to 45 m and one structure of 100 m.

Figure 11: Damping Ratios from Codes Compared to Results
from Vibration Tests

In Petersen [3], damping values are treated in more
detail. The overall damping is a summation of values
given for material, type of construction, and foundation.
The material damping of timber is given as 0.4-0.8 %
which is higher than material damping of steel with 0.10.3 % and about the same as damping of reinforced
concrete with 0.4-0.9 %. A timber building with doweltype connections contributes additional 0.6-0.8 % and a
timber building with glued elements 0.2-0.4 %. The type
of support adds another 0.1-0.3 % to the overall
damping. Therefore, the range for timber buildings with
dowel-type connections is from 1.1-1.9 % and for timber
buildings with glued elements from 0.7-1.5 %. Assuming
that the aerodynamic damping is comparably small,
these values seem to give a quite good approximation of
the damping ratios derived from the tests carried out
within this project. However, they also do not cover the
range completely. For timber as well as other materials,
the construction type affects the damping capacity
significantly. From the values given in [3], it can be seen
that adding secondary structure can increase the damping
ratio by 0.1-0.4 % for steel and concrete structures. The
influence of construction type on timber structures was
therefore further investigated.
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4.4 MODE SHAPES
Mode shapes of buildings were calculated by the
application of the ITD Method. The fundamental mode
for all buildings is the vibration in short direction with
the entire building moving as a whole. If there is an
asymmetrical layout of structural components such as
bracing and core, small rotation components could be
observed as well. The second mode was also
reconstructed but since the number of simultaneous
channels was limited, the results for higher-order modes
are not as precise anymore. The second mode includes a
major component of movement in the building’s long
direction, usually accompanied with rotation to some
extent depending on the individual layout of structural
elements.
4.5 INFLUENCE OF VIBRATION AMPLITUDE
In this study, it was of interest whether the structures
show a non-linear, time-invariant behaviour even under
small vibration amplitudes of wind-induced vibration.
The wind speeds taken from the nearest wind
surveillance stations were all in the range from calm air
to moderate breeze according to the Beaufort Scale,
strong winds or storms did not occur during testing. The
data were analysed by relating the dynamic properties to
the respective vibration amplitudes. This was done using
different approaches. The first approach evaluates not
the entire RD signature but two cycles of it separately to
check if the structure shows constant dynamic properties
throughout its decaying vibration (example of Timber
Tower in Figure 12). The second approach extracts
several RD signatures at different vibration amplitudes
from the data by using multiples of the standard trigger
value (example of Timber Tower in Figure 12). Finally,
the entire signal was cut into segments with individual
analysis with respect to their acceleration RMS value
(Figure 13). [16,20,22-25,31-33]
The detailed methodology and results of all structures
can be found in [18].

Figure 12: Influence of Amplitude on Frequency and Damping
Ratios from Timber Tower

Figure 13: Frequencies and Damping Ratios of Towers related
to Acceleration RMS Value

The tested structures show a constant fundamental
frequency over all amplitudes and hints to non-linearity
in their damping capacity. However, no clear trend
showing e.g. an increase in damping ratio with higher
amplitudes could be clearly determined for all tested
structures. The small range of amplitudes measured
during testing has to be considered when drawing
conclusions. A clear trend might be visible in data sets
that cover a wider range of vibration amplitudes. A
dependence of damping on the displacement amplitude
rather than acceleration amplitudes is possible as well.
Therefore, the transformation of the data set into
displacement response might reveal an unambiguous
relation. Especially the last approach is susceptible to
noise contamination because less data were used to
average for a smooth RD signature. In future tests,
longer measurement time would allow to collect more
data and will result in higher precision when studying
the influence of vibration amplitudes. Since there are
signs of non-linear behaviour, the obtained results from
testing should only be considered as reference values for
in-service vibration caused by low wind speeds. As it
can be seen from the results of all tested structures, nonlinearity seems to be an important issue especially for
the damping capacities of tall timber structures and
should definitely be considered in future research.
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4.6 INFLUENCE OF CONSTRUCTION TYPE
The influence of construction type on the dynamic
properties was analysed in more detail. The fundamental
frequency depends on the stiffness-to-mass ratio.
Buildings with a high stiffness-to-mass ratio have higher
natural frequencies than buildings with a low stiffnessto-mass ratio. Since the stiffness usually decreases for
taller structures and the distributed mass stays the same,
the fundamental frequency can be related to the height.
Damping is much harder to predict than fundamental
frequencies. It is expected that the ability of the
structures to dissipate energy by friction influences their
damping the most. The mass of timber elements, steel
elements, and cladding elements of the tested towers
were estimated based on information provided by
operators, plans, and onsite measurements. Their ratio
compared to the total mass is shown in Figure 14. A
trend of increasing damping ratio with an increasing use
of steel for connections and cladding material can be
observed. Therefore, the mass ratio of different materials
seems to show a strong correlation to the damping ratio.

Figure 14: Damping Related to Ratio of Estimated Mass of
Timber, Steel and Cladding of Towers

Table 4 shows the damping ratio in relation to the
construction type and the type of connection. Solid
timber towers have the lowest damping ratios, which can
be explained by the use of many glued elements. Timber
Tower is only connected at the bottom and tip by slotted
perforated steel plates which are glued into the timber.
The rest of the structure consists of glued CLT panels.
Himmelsstürmer Tower makes use of locking screws,
which can explain the higher damping ratio compared to
Timber Tower. Timber frame towers have higher
damping ratios than solid timber towers which is
probably caused by more relative movement between
elements and friction through dowel-type connections.
Blumenthal Tower has a surprisingly low damping ratio
for this construction type although it has a large amount
of steel connections. However, the timber structure is
quite massive as well, which increases the ratio of timber
elements to steel elements. Timber frame structures with
cladding show a trend for the highest damping ratios
within the tested towers, which can be explained by
additional friction through secondary structure.

Ochsenstiegl Tower and Kadernberg Tower have similar
structural systems and connections as it can be seen in
Table 4. The cladding seems to add about 0.60 %
damping ratio to the structure. Whenever there are
slotted steel plates involved, the damping is higher than
for the same construction type using dowels only or steel
box profiles. The buildings with concrete cores have
slightly higher damping ratios than the pure timber
building. However, this effect could also emerge from
the timber concrete composite action in Life Cycle Tower
One Building and the vertical tension rods in H8
Building which can cause relative movement of
structural parts and therefore increase the damping. In
general, the damping of buildings is slightly higher than
damping of towers, which could be caused by the
presence of more non-structural elements such as
separating walls.
Table 4: Damping Related to Type of Construction and
Connections

Type of Connection
Damping
Ratio (%)
Towers - Solid timber tube
0.64
Slotted perforated steel plates, glued into
CLT panels on top and bottom, CLT all
glued (Timber Tower)
1.22
Slots in CLT elements, CLT all glued
(Himmelsstürmer)
Towers - Timber frame
0.64
Steel box profiles, dowels (Blumenthal)
1.35
Steel nodes, dowels, steel plates (Haidel)
2.10
Dowels and steel brackets (Ochsenstiegl)
2.60
Screwed steel plates and threaded rods
(Baumturm)
Towers - Timber frame with cladding
2.16
Dowel-type connections (Augstberg)
2.28
Steel nodes, slotted steel plates, dowels
(Altenberg)
2.70
Slotted steel plates with nails, dowels with
steel brackets (Kadernberg)
Buildings – Solid timber, concrete core
1.50/2.90 Walls stand on concrete blocks, timber
elements are connected with screws,
vertical tension rod through building (H8)
Buildings – Timber frame, timber core
2.14/2.31 Screws and grooves for shear coupling of
timber concrete composite, timber
columns stand on concrete beams and are
connected by grouted arbors (Life Cycle
Tower One)
Buildings – Timber frame, timber core
1.29/1.77 Groove and tongue, slotted or perforated
steel plates (Kampa)
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5 CONCLUSION
5.1 CONCLUDING REMARKS
Ambient vibration testing was performed on twelve tall
timber structures with heights from 20 m to 100 m and
different construction types. The aim of testing was to
derive dynamic properties, in particular fundamental
frequencies and damping ratios of the structures. All
vibration tests were conducted using ambient excitation
mainly caused by wind. The results were analysed by
time and frequency domain methods that were
implemented into a MATLAB routine. This procedure
proved to be efficient for the experimental testing and
was able to generate a large amount of significant data
and valuable results even for low wind speeds for all
tested structures. It is concluded that ambient vibration
testing is a suitable method to analyse existing tall
timber structures. Limitations of ambient vibration
testing are the restrictions imposed by the equipment
regarding simultaneous measurement channels, the range
of measurable vibration amplitudes, and the length of
recording time.
The results include fundamental frequencies, damping
ratios, and mode shapes. Frequencies range from 0.3 Hz
to 3 Hz and damping ratios from 0.5 % to 3 %. These
data related to vibration amplitude and construction type
can build a database with reference values for dynamic
properties of tall timber buildings which can be extended
by future research. Time and frequency domain methods
produced rather well-matching results, however time
domain analysis is regarded as superior. The results were
analysed with regard to current design approaches and
reference values as well. EC 1 Part 1-4 provides methods
for the analysis of the susceptibility of structures to
wind-induced vibration which give detailed procedures
to evaluate the characteristics of wind load. However,
they do not give sufficient guidance on the dynamic
performance of tall timber structures under wind load
and lack in providing significant reference values for
their damping. Applying EC 1 Part 1-4 bears the risk of
an overly conservative design that could lead to higher
costs or a non-conservative design that might cause
serviceability problems.
According to the building users’ statements, perceptible
and partially disturbing acceleration amplitudes have
occurred during very strong winds. This underlines the
significance of the evaluation of the vibration
serviceability in residential and office buildings when
building tall with timber. Due to their flexibility and
comparably high damping capacity, timber buildings
dissipate the energy by a decaying vibration rather than
inducing stress to the structural members. A deep
understanding of the contribution of different
mechanisms to the damping capacity is the key to
limiting the acceleration amplitudes to acceptable levels.
The results show constant frequencies over all
amplitudes and an indication of the presence of a nonlinear behaviour of the structures regarding their
damping capacity. A direct relation between acceleration

amplitudes and damping ratio could not be established.
To study the amplitude dependence of damping in more
detail, a broader range of excitation amplitudes is
necessary. It can be concluded that the results stated in
this paper are valid for small vibration amplitudes and
can not be transferred directly to other vibration levels
without detailed investigation. An assumption of a
constant damping ratio is highly questionable, especially
for a wider range of wind speeds. The construction type
of tall timber structures has proven to influence the
damping capacity significantly. Findings of this paper
show a trend towards a positive correlation of damping
ratio and the use of steel and non-structural elements.
Additionally, damping was observed to be higher for
structures with connections that allow relative movement
and friction between elements.
5.2 POTENTIAL FUTURE RESEARCH
The focus of the data analysis and discussion of results
was the comparison of twelve tested structures.
Therefore, the obtained data still allow more
investigation to a higher degree of detail for each
structure. To foster the development of the tall timber
building sector, future research needs to continue
investigation of the dynamic behaviour under wind load
and especially focus on the influence of non-linear
behaviour and construction types. To cover a broader
range of excitation amplitudes, long-term testing or
forced excitation testing should be realised. A long-term
goal should be to implement a reliable design approach
for tall timber buildings into EC 1 Part 1-4.
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RESPONSE SPECTRUM ANALYSIS OF LIGHT TIMBER-FRAME
BUILDINGS BY MEANS OF AN ITERATIVE APPROACH
Simone Rossi1, Daniele Casagrande2, Stefano Bezzi3, Roberto Tomasi4
ABSTRACT: Light timber-frame buildings are nowadays widely spread even in seismic prone regions. This diffusion,
in addition to the sustainability of wood as a building material, is also due to the success of several researches
undertaken in the last decade. In fact, these researches highlighted the timber building’s potentialities in terms of
seismic response. Despite this tendency, a definitive method to assess their dynamic properties as well as an analytical
method to apply the Response Spectrum Analysis (RSA) are missing both in standards and literature. The present paper
deals with the seismic analysis of this type of building by means of the use of a numerical simplified model accounting
for the main deformation contributions. Three analytical-iterative methods to apply the RSA are presented. The methods
are iterative because both of the hold-downs behaviour and the vertical load actions are considered. In fact, the holddowns display a non-linear behaviour depending on their state which can be active (hold-down in tension) or not active
(hold-down not in tension), whereas the vertical load modifies the seismic force distribution within the wall. These
methods can be used to assess the dynamic properties of a building and to design non-regular buildings. In addition, a
numerical example applying the most balanced procedure in terms of computational effort and results precision, is
shown.
KEYWORDS: Light timber-frame buildings, stiffness matrix, response spectrum analysis, UniTn-Model, seismic

1 INTRODUCTION

123

Light Timber frame constructive system can be
considered as one of the most spread worldwide. In
many countries, such as USA, Canada, New Zealand,
Germany and Scandinavia, this structural typology is
characterized by a strong tradition and experience, so
that most of low-rise residential houses are generally
made with this technology.
The recent development of timber frame buildings in
Subalpine countries, such as Italy, needed to investigate
accurately the seismic performance of timber buildings
made by European constructive system technology
which differs from the North American one for a strong
prefabrication process and for more massive dimensions
of wood members. However, unlike countries of North
Europe, Germany and Austria, the Mediterranean Area is
characterized by a high seismic hazard, requiring special
construction details, which are not necessary in the
common design for static and wind loads.
Many studies and research programs have been
conducted on European timber frame system, dealing
with different topics, but few of them (see [1]-[7]) have
been concerned with the performance of timber
buildings under seismic loads. A direct demonstration is
given by the limited number of requirements available in
European Standards (Eurocode 8) for seismic design of

timber buildings [8] and by the fact that a general
analytical procedure for the seismic analysis of timber
buildings under seismic loads has not been defined yet.
In most cases, the linear lateral force method (LFM) is
adopted in design phase without taking into account the
role of mechanical devices and assuming the stiffness of
shear walls proportional to the wall-length.
This papers deals with a general analytical procedure for
the application of LFM as well as of the response
spectrum analysis (RSA) to multi-story light-timber
frame buildings. Differently from LFM, RSA should be
applied to buildings which cannot be defined regular in
elevation (see [8]) taking into account all the significant
modes of vibration participating to the seismic response
of the structure. The work is based on the analytical
model (UNITN model) presented in [9] for a 1-storey
timber wall taking into account all the main deformation
contributions due to connections and mechanical
devices.
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Figure 1: (a) Light timber-frame wall; (b) UNITN simplified
model, (modified from [10]).
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2 SINGLE WALL MODEL
2.1 ELASTIC DISPLACEMENT
The elastic displacement ∆C of Light-Timber frame (TF)
shear-wall subjected to a horizontal external force F, see
Figure 1(a), can be evaluated using Eq. (1), which
considers the four main deformation contributions,
namely the sheeting to framing connection, the rigidbody rotation, the rigid-body translation and the
sheeting-boards respectively.
Δ

∙

∙ ∙
∙

∙

∙
∙

∙ ∙
∙

∙∙

∙

∙

∙

∙

∙

∙

∙

∙

∙

∙
∙

∙

∙

∙

∙

∙

∙

∙

(1)

where:
−
−
−
−
−

F: is the applied horizontal force;
sc: is the fasteners spacing;
l: is the wall length:
b: is the breadth of the sheathing-panel
λ : is a parameter related to the sheeting-panel
dimensions;
− kh: is the hold-down stiffness;
− q: is the vertical distributed load;
− ka: is the angle-brackets (or screws) stiffness;
− ia: is the angle-brackets (or screws) spacing;
− Gp:is the shear modulus of sheathing panels;
− tp: is the sheathing panel thickness;
− h: is the height of the panel;
− kc: is the fasteners stiffness;
− nbs:is the number of braced sides of the wall;
− τ : is a number accounting for the distance
between the hold-downs, typically ∈[0.9;1];
Other contributions (as frame deformation, bending
deflection, etc.) could be taken into account, but for the
wall typologies most used in Europe, these contributions
are negligible compared to the other. For more details
see[9],[11] and [12].

proportional to the wall length, indeed the wall stiffness
depends on the squared length. Furthermore, it is
important to remark that when the hold-down is in
tension, the horizontal displacement of a timber wall is
reduced by the vertical load:
Δ

Δ

(5)

where Ktot is the global stiffness of TF wall:
1

1

1

(6)

And ∆N is the equivalent horizontal force produced by
the vertical load (which counteracts the horizontal
external force):
∙ /2 ∙
∙ ∙

Δ

∙
∙ ∙

(7)

3 MODEL OF HORIZONTALLY
ALIGNED WALLS
A system of several horizontally-aligned walls, i.e. a
system of 1xn walls modelling a single-storey building
(see Figure 2) can be obtained by connecting each wallmodel to the next one by means of an infinite rigid
pinned-beam simulating the effects of the upper floor
(diaphragms are assumed to be rigid, namely they do not
undergo any deformation during earthquake), which
imposes to the walls the same horizontal displacement.
Therefore, the horizontal force acting on the building is
supported by all the walls, which can be regarded as a
system of springs in parallel (see Figure 3)

2.2 SIMPLIFIED NUMERICAL MODEL
The behaviour of a timber wall can be faithfully
reproduced by means of simplified numerical model,
called UniTN-Model (see Figure 1(b)). It is called
simplified because it reproduces the behaviour of a
timber wall by means of three linear-elastic springs
placed in series; each spring has a stiffness related to the
corresponding deformation contribution, namely the
hold-down, the angle brackets and the coupled action of
the sheathing-panels with the fasteners:
1

1

1

∙
∙

∙

1

∙

∙

1
∙

The horizontal displacement ∆ of the system of 1 x n, as
well as the horizontal force carried by each wall Fi, can
be assessed by the two following equations:

∑

(4)

Considering Eq. 4 it is evident that when the hold-down
is in tension the behaviour of the wall is not linearly-

∑
∑

Δ

(2)
(3)

∙

∙

∙

Figure 2: System of 1 x n walls, (modified from [10]).

,
,

∙

∙Δ

,

,

(8)

,

,

∙ Δ

,

Δ

,

(9)

These equations were determined using the compatibility
as well as the constitutive and equilibrium laws.
It is important to note that for one-storey building, the
horizontal force carried-out by each wall is equal to the
shear-force acting on it.
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∙
2

(11)

and where Mr is the bending moment acting at the r-th
storey and the quantity Mr/|Mr| is needed to give the
correct sign to the equivalent displacement ∆N,j.

Figure 3: Rheological model of a one-storey building,
(modified from [10]).

Eqs. (8) and (9) demonstrate that both the displacement
and the shear-force distribution are influenced by the
presence and the magnitude of the vertical load.
Moreover, the presence of the vertical load leads to the
need of adopting an iterative procedure. In fact, the
stiffness of a wall depends on the hold-down state (holddown in tension = active or hold-down in compression =
not active) which, in turn, depends on the shear-force
distribution.

4 MODEL OF VERTICALLY-ALLIGNE
WALLS
A system of vertically-aligned walls, modelling a timber
shear-wall of m-storey, can be obtained by means the
superimposition of m single walls (see Figure 4(a)). Each
wall model is characterised by three springs which
stiffness can be determinate through Eqs. (2)-(4). The
wall uplifting corner is vertically connected to the lower
wall by means of a spring with stiffness equal to kh,j
which models the j-th hold-down behaviour. In the other
corner, instead, a pinned-axially-rigid beam is placed.
This pinned beam is used to avoid the corner lowering
but, at the same time, to allow a mutual translation
between the walls connected by it. Moreover, a
horizontal spring with a stiffness equal to KA,j reproduces
the behaviour of the shear connection to the lower
support (i.e. angle brackets or screws, as well as steel
plates).
The rigid-rotation deformation becomes extremely
relevant for a multi-storey shear-wall; in fact, the
elongation of a hold-down produces an increasing
horizontal displacement at each upper floor, because a
multi-storey shear-wall can be considered as a system of
several springs in series, see Figure 4(b). Moreover, the
non-linear relationship between the wall length and its
stiffness, as reported in Eq. (4), is directly related to the
rigid-body rotation, which increases significantly for
multi-storey walls.
For a shear-wall of m-storey the displacement Δj,ξ at the
j-th storey provoked by a horizontal force placed at the
ξ-th storey is equal to:
Δ,

,

,

,

,

∙

(10)

1

1

∙

∙

(a) Numerical m x 1
model

Figure 4: System of m x 1 walls modelling a single-shear wall
of m-storey, (modified from by [10]).

It is important to remark that when the vertical load at a
certain storey exceeds the tensile force produced by the
horizontal loads, the hold-down contribution at that level
has to be removed from Eq. (10); in fact, when a holddown is in compression, it does not undergo any
deformation and it does not produce any horizontal
displacement. In order to assess the magnitude of the
tensile force in the hold-down the following equation can
be used:

|

∙

,

∙ ∙

where Ny is the vertical concentrated load at the y-th
floor:

∙

,

1

(12)

∙

where THD,j is the tensile force in the hold-down of the jth storey. A positive value means tension whereas a
negative value means compression. This allows to define
two states: hold-down active when it is in tension, holddown not active when it is in compression. Because a
not-in-tension hold-down does not produce any
deformation, its stiffness can be considered infinite.
The number of degree of freedom increases with the
building storey and so a matrix formulation is needed.
Eq. (10) can be written in the following matrix form:
(13)

where Ũ is the flexibility matrix and ∆N is the
displacement array due to the vertical load.
The j,ξ-element of the flexibility matrix can be obtain
from:
min ,

,

|

(b) Rheological model

1

1

1
,

∙

1
,

,

∙

1

∙

2

(14)

The j-element of the displacement array ∆N can be
determined from:
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Δ
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|
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(15)

and the array of the equivalent forces FN,sys due to the
vertical load is equal to:
(21)
,

The bending moment Mr can be evaluated by means of
the following equation:
∙

(16)

,

Generally, know the applied external force distribution F
(e.g. wind or seismic load), the horizontal displacement
vector ∆ is given by:

Eq. (13) can be rearranged as:

(22)

,

(17)

Where the inverse of the flexibility matrix represents the
stiffness matrix of one timber shear-wall of m-storey:

The external force array on the acting on the a multistorey shear-wall m x 1 can be determined by the
following equation:

And FN is the array of the equivalent force due to the
vertical load.

the shear-force distribution, the bending-moments as
well as the hold-down force of the j,i-th shear-wall can
be determined as:

5 MODELLING OF A FULL-SCALE
BUILDING

(24)

V,

A full scale building can be modelled connecting eachother several multi-storey walls, see Figure 5. According
to the UNITN model, each wall is represented by means
of three springs, KSP,ji, KA,ji and kh,ji, and each wall is
properly connected to the upper, lower and side wall.
Moreover, the load pattern is composed by the vertical
loads qj,i and the horizontal force distribution Fj.

(23)

,

(18)

M,

,

,

T

, ,

(25)

∙

,

∙

(26)
,

Figure 5: System of m x n walls modelling a full-scale
building, (modified from [10]).

The constitutive law of a system of m x n walls, can be
derived from (17) ad it is:
,

(19)

where Ksys is the stiffness matrix of the model of m x n,
and it is given by the sum of stiffness matrices Ki (see
Eq. (18)) of each multi-storey wall m x 1:
(20)

Figure 6: Flow-chart for the iteration, (modified from [10]).

Anyway, the complexity of the analysis is not seated in
the matrix formulation, but it is due to the non-linearity
introduced by the binary behaviour of the hold-downs. In
fact, the state of the hold-downs (i.e. activation or not)
depends on the shear distribution; but this depends on
the stiffness of the walls which depends in turn on the
state of the hold-downs and so on. Moreover, for the
evaluation of the equivalent horizontal displacement of
each wall (see Eq. (15)) the bending moment sign should
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be predetermined but this depends in turn on the force
distribution.
Therefore, the problem shows a recursive nature and it
requires an iterative procedure of solution. In detail, as
shown in the flow-chart of Figure 6, it is necessary to
assume the model initial condition (i.e. state of the holddowns), which allows to evaluate a first-attempt solution
in terms of displacement, shear-distribution, bending
moment sign and hold-downs stress. This solution is
correct if the state of the hold-downs is consistent with
the initial condition as well as with the calculation of
equivalent horizontal displacement due to the vertical
load; otherwise, it has to be rejected, the model has to be
updated and the procedure has to be iterated up-to the
achievement of the correct solution.
5.1 PRACTICAL EXAMPLE OF A BUILDING
COMPOSED BY 3X2 WALL
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Assuming all the hold-downs active as initial conditions,
the flexibility matrices of the two 3-storey can be
evaluated by means of Eq. (14) (the values are given in
mm/kN):
0.4976 0.6976 0.8976
1.8369 2.6369 ;
=
4.7761

(28)

2.9949
9.2732
17.1515

known the flexibility matrices, using Eq. (18), the initial
stiffness matrices become (the values are given in
kN/mm):
=

=

4.51

−2.39 0.47
3.89 −1.70 ;
1.06

1.79

−0.97 0.21
1.47 −0.63
0.36

(29)

the global stiffness matrix of the system of 3 x 2 walls
Ksys, can be determined through Eq. (20):
6.30

−3.36 0.68
5.36 −2.32 ;
1.42

(30)

the arrays of the equivalent horizontal displacement
produced by the vertical load ∆N,i are calculated by
means of Eq. (15) assuming all the bending-moments
positive, whereas the array of the equivalent force FN,sys
produced by the vertical load is determined by means of
Eq. (21) (values are given in kN):
,

3.75
= 12.50 ;
23.75

,

0
= 0 ;
0

,

−1.75
= −0.68 ;
5.68

(31)

the total displacement at each storey (at the end of the
first iteration) can be determined by means of Eq. (22)
(values are given in mm):
7.86
= 13.38
10.62

(27)

kN

Table 1: Example 3 x 2. Geometrical and mechanical
properties of the wall, [10].
Wall index
Length: l [mm]
Height: h [mm]
Vertical distributed load: q
[kN/m]
Braced sides: nbs
Shear Modulus: Gp [N/mm]
Sheathing pan. thickness: tp
[mm]
Sheathing pan. breadth: b
[mm]
Fasteners stiffness: kc
[N/mm]
Fasteners spacing: sc [mm]
HD stiffness: kh [N/mm]
Angle-brackets stiffness: ka
[N/mm]
Angle-brackets number: na

1.3949 2.1949
6.0732

=

In order to better understand the iteration procedure
presented in Section 5, it is applied here to a system of 3
x 2 walls, which mechanical and geometrical properties
as well as the vertical loads are shown in Table 1.
Despite the procedure can be used to analyse real threedimensional buildings, a simplified bi-dimensional
building is analysed. In fact, the study of a 3D building
would not have added any benefit; on the contrary, the
seismic force distribution within the walls would be
more complex due to the eccentricity between stiffnesscenter and center of mass.
The system is assumed to be loaded by the following set
of external horizontal forces:
10
20
−5

=

(32)

The arrays of external force carried out by each multistorey wall can be determined by the Eq. (23) (values
are shown in kN):
6.70
= 14.58 ;
−2.11

=

3.30
5.42
−2.89

(33)

the bending moment are determined from Eq. (25):
=

73.8
25.9 ;
−5.28

13.7
= −0.89
−7.22

(34)

The signs of the bending-moments are not in agreement
with the initial condition, hence the ∆N,j have to be
recalculated using the values of Eq. (34). The updated
arrays are:
,

3.75
= 12.50 ;
18.75

,

0
= 0 ;
0

,

=

−4.12
7.82 ;
0.38

(35)

the new displacement array becomes:
7.88
= 13.54
14.59

the updated values of bending moments are:

(36)
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73.3
24.9 ;
−8.6

=

14.2
0.1
−3.9

(37)

Comparing the signs of the bending moments of Eqs.
(37) and (34) it can be noted that the value of the wall2,2
is not consistent, hence, the procedure has to be iterated
once-again. The necessity to iterate the procedure
depends on the fact that the array of the equivalent force
FNsys as well as the displacement arrays due to the
vertical load ∆N have been determined with a not correct
signs-distribution of moments. ∆N,j have to be
recalculated. The updated values are:
,

3.75
= 12.50 ;
18.75

,

0
= 0 ;
0

,

=

−4.12
7.82 ;
0.38

(38)

,

3.75
= 7.50 ;
11.25

(39)

the updated values of bending moments are:
73.3
= 24.9 ;
−8.6

=

14.2
0.1
−3.9

,

10.59
= −2.53 ;
−2.80

,

11.33
= 0.07
3.10

According to STEP 4 of the flow-chart of Figure 6, the
force in the hold-downs is not in agreement with the
initial condition of STEP 0 (all hold-down were
supposed to be in tension), therefore the procedure goes
back to STEP 1 after updating the stiffness matrices,
namely all the hold-down in compression has an infinite
stiffness. The new stiffness matrices are:
=

=

=

6.30

−2.94 −0.08
5.89 −2.95 ;
2.34

1.79

−0.97 0.21
1.47 −0.63 ;
0.36

8.08

(42)

−3.91 0.13
7.37 −3.57 ;
2.70

Using the values of the new stiffness matrix of Eq. (42)
and the sing of the bending-moments of Eq. (40), the ∆N,j
and the FN,sys becomes:

=

0.54
0 ;
3.87

(43)

(44)

The force distribution within the wall is:
6.57
= 16.14 ;
−3.21

=

3.43
3.86
−1.79

(45)

the updated values of bending moments are:
73.0
= 24.3 ;
−8.0

=

14.4
0.7
−4.5

(46)

The sings of the bending-moments of Eq. (46) are in
agreement with the sings adopted (see Eq. (40))
therefore no iteration is needed and according to STEP 3
of the flow-chart of Figure 6, the force in the hold-downs
can be assessed by means of Eq. (12):
,

(41)

,

7.90
= 14.38
15.38

(40)

It is important to note that in this case the new iteration
does not produce any change because the equivalent
horizontal displacement ∆N,2 is zero since no vertical
load is applied, hence it is independent by the bendingmoments sings.
The sings of the bending-moments of Eq. (40) are in
agreement with the values of Eq. (37) therefore
according to the STEP3 of the flow-chart of Figure 6, the
force in the hold-downs can be assessed by means of Eq.
(12):

0
= 0 ;
0

the new displacement array becomes:

the new displacement array becomes:
7.88
= 13.54
14.59

,

10.47
= −2.78 ;
−3.04

,

11.56
= 0.56
3.57

(47)

The hold-down forces obtained at the end of the second
iteration are in agreement with the boundary condition,
the procedure therefore can be considered completed.
The obtained results comply the equilibrium, the
compatibility and the constitutive law.

6 LINEAR SEISMIC ANALYSIS OF
TIMBER SHEAR-WALL BUILDINGS
Two types of linear analysis are suggested by [8]: the
Lateral Force Method (LFM) and the
Response
Spectrum Analysis (RSA). The former should be used
only if the structure can be considered regular in
elevation, the latter is applicable to all types of building.
6.1 LATERAL FORCE METHOD – LFM
LFM can be considered as a particular case of the
method introduced in Section 5. The LFM, indeed,
assumes the seismic action as an equivalent static
horizontal forces distribution. The use of the LFM has
been already presented in the previous section, and the
applied horizontal forces can be determined according to
simplified expressions reported in several national
standards, which assumes that the building response is
not significantly affected by the contribution of the
higher modes of vibration. For these reason, the LFM of
analysis shall be applied if the fundamental period of
structure is smaller than a given value and the building
meets the criteria for regularity in elevation.
Differently from the common practice, the method
presented (see Section 5) considers the influence of the
hold-downs even in the elastic response. Usually,
designers prefer to neglect the hold-down presence
because it introduces a non-linear behaviour since from
the elastic-analysis, which significantly increases the
difficulty and the time of analysis becoming iterative.
The need to compute the hold-down contribution is
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however clear, both the shear-distribution and the tensile
force in the hold-downs change magnitude compared
with the actual-common approach. Therefore, in order to
correctly asses the seismic action in a timber shear-walls
building, the iterative approach is required.
6.2 RESPONSE SPECTRUM ANALYSIS
RSA is usually applied to buildings which cannot be
defined regular in elevation and it should be considered
the reference method for determining the seismic effects
because it can be applied to any type of building without
any geometric limitation. Moreover, its results could be
considered more reliable (compared to LFM) because
the analysis takes into account all the significant modes
of vibration participating to the seismic response of the
structure. The effects of the analysis Eζ are then
combined to asses the design actions; the effects can be
combined using a modal superimposition techniques
such as the Complete Quadratic Combination [CQC] or
the Square Root Sum of Square [SRSS], see [13].
Two key aspects have to be investigated to apply the
RSA to timber wall buildings: the hold-downs non-linear
behaviour (hold-downs can have two states) and the
presence of the vertical load.
6.2.1 Modal analysis for a single-story timber shearwalls building
In order to apply the RSA to a building, the dynamic
properties of the building have to be assessed through a
modal analysis. Namely, the natural periods, the mode
shapes and the participating masses have to be
determined using a modal analysis.
In order to perform the modal analysis of a timber shearwall (see Figure 7) a concentrated-mass m is added on
the top-plate of the wall.
The equation of motion can be written regarding to the
equilibrium of the concentrated mass subjected to its
inertial force Fin and the wall elastic force Fel:
F

F

(48)

0

The inertial force can be expressed as:
F

(49)

m∙Δ

where Δ is the mass acceleration. The wall elastic force
Fel, according to Eq. (5), is obtained by:
K

F

∙ Δ

(50)

Δ

where Ktot is the wall stiffness accounting for all the
deformation contributions. Therefore, ∆ can be regarded
as the horizontal displacement of the concentrated-mass
and ∆N is the wall horizontal displacement due to the
vertical load. Eq. (48) can be rewritten as:
m∙Δ

K

∙ Δ

Δ

0

(51)

Eq. (51) can be rearranged as follows:
m∙Δ

K

∙Δ

K

∙Δ

(52)

Eq. (52)} is a second order linear differential equation;
each term can be divided by the mass m to get:
Δ

ω ∙Δ

ω ∙Δ

(53)

where

is the circular frequency.

The solution of Eq. (53) can be obtained easily
considering the homogeneous and particular terms as:
Δ t

A∙e

(54)

Δ

where: A and ϑ are the amplitude end the phase of the
motion respectively; they are constant and can be
calculated using the initial conditions.
If the rigid body rotation contribution is not considered
the wall stiffness can be expressed by Ktot,nt and the term
∆N becomes zero.
The period and the natural frequency of the wall can be
obtained directly from the circular frequency as:
2

2

;

(55)

Figure 7: UNITN model with a concentrated mass,
(modified from [10]).

6.2.2 Modal analysis for a system of m x n walls
modelling a multi-storey timber shear-wall
building
The modal analysis of a system of m x n walls can be
performed not in a much different way from the previous
case. In order to consider the mass-distribution along the
height, an equivalent concentrated-mass is added at each
storey and not to each wall; this assumption can be
considered valid until the floor of the building can be
regarded as a rigid-diaphragm. The mass-distribution
hence becomes a diagonal matrix and it is defined as
follows:
0

0
0
0

0
0
⋱
0

0
0

0
0
0

(56)

For a system of m x n walls, the modal analysis allows to
evaluate the ζ Natural Periods Tζ and the relative modeshapes φζ, where ζ is equal to the degrees of freedom, i.e.
the number of storeys. Due to the fact that the modeshapes can be determined using the following equation:
∙

∙

0

(57)

it is clear that both the Natural Periods and the relative
mode-shapes strictly depend on the stiffness K of the
structure, hence, they strongly depend on the hold-downs
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state. It is therefore clear once again that an iterative
procedure is needed to solve the problem.

7 RSA BY MEANS OF AN ITERATIVE
PROCEDURE
Three different methods for applying the RSA are
presented. All the procedures are iterative in order to
determine a shear-distribution and a hold-downs force
consistent with the model of the building.
7.1 METHOD 1: VTM
The first method presented is called VTM (Vertical load
To Main mode) and it is suggested to be used when a
prevailing mode-shape exists. The method consists of
five steps. In the first phase the modal analysis is
performed in order to determine the dynamic properties
of the model, namely the natural periods Tζ, the modeshapes φζ and the modal participation factor Γζ, which is
used to identify the most important mode-shape and
determined as follow:
∙

Γ

∙

∙

(58)

∙

where R is a ones-array.
In the second step of the procedure, ζ-static analyses are
performed; for any shape-mode the model of the
structure is loaded by an equivalent static horizontal
force distribution related to the shape-mode itself. For
the analysis associated to the main shape-mode (i.e. the
mode with the higher participation factor), the
simultaneous presence of the vertical load is taken into
account in order to consider its influence on the sheardistribution.
The static force distribution related to the ζ-th modeshape can be evaluated as:
=S T

∙Γ ∙

∙Φ

(59)

The values of shear-force and bending-moment (given
by the ζ-static analyses) acting on each wall are
combined by the SRSS procedure in the fourth step. This
modal superimposition technique allows to estimate the
actual response of the structure. The net force acting in
the hold-downs is determined from the bending moment
and the vertical load:
,

=

,

∙

−

,

(60)

The last step requires to verify that the values of holddowns forces are in agreement with the state set in the
initial conditions. If the forces are consistent, the
procedure can be stopped; otherwise, the model and its
stiffness matrix have to be updated changing the state of
the hold-downs not compatible and the procedure has to
be iterated.
7.2 METHOD 2: VNA
The method called VNA (Vertical load Not Applied) is
similar to the previous one; it differs from the VTM
method for the fact that the vertical load is taken into
account only at the end of the analysis for the evaluation

of the tensile force in the hold-downs. (in the same way
as Eq. (60)).
Synthetically, the VNA method consists of the following
steps: in the first step the structure is modelled and the
stiffness matrix is evaluated; in the second step the
modal analysis is performed to determine the dynamic
properties and the modal participation factor: Tζ, φζ, Γζ;
then in the third step, ζ-static equivalent force
distributions are determined using Eq. (59), which are
used in the fourth step to statically analyse the structure
ζ-times, applying each time one of the static equivalent
force distributions, the vertical load is not considered. In
the fifth step, the shear-forces and the bending moments
values are combined by the SRSS and the net forces in
the hold-downs are assessed by Eq. (60); in the last step
the consistency of the result is checked in terms of
compatibility between hold-downs forces and holddowns state; if the compatibility is not satisfied the
procedure has to be iterated.
It is important to remark that the vertical load is
considered by the method only as a reduction of the
tensile forces of the hold-downs and therefore its
influence on the shear-force distribution is not taken into
account. This approach leads to more approximated
results but, on the other hand, it is faster and easier
compared to the other ones.
7.3 METHOD 3: CNA
The method of analysis called CNA (Complete
Numerical Analytical) was developed with the aim to
estimate as correctly as possible the influence of the
vertical load on the shear-distribution. The key point of
the method is the evaluation of the horizontal load and of
the vertical load effects separately.
Both the modal analysis and the RSA (without the
vertical load) are firstly performed in order to obtain the
dynamic properties and modal shear-force distribution
respectively. Then, the model of the structure is analysed
only applying the vertical load, which causes an autobalanced shear-distribution.
The RSA allows to evaluate only the modulus of the
shear-forces but not their sign, moreover it is not
influenced by the hold-downs position (the result of the
RSA is not depended on the corner where the holddowns are placed, left-right). On the contrary, the shearforces produced by the vertical-load can change
magnitude and orientation with the hold-down position.
Hence, the superimposition of the shear-forces due to the
RSA and the vertical-load static analysis can not be
automatically performed since only the modulus of the
shear-forces is determined by means of RSA.
In other words, both the RSA shear-forces sign and the
orientation of shear-forces produced by vertical-load
have to be previously determined. Therefore, an
intermediate analysis is needed for the evaluation of the
correct position of the hold-downs (left or right) and for
the evaluation of a sign-pattern, which has to be assigned
to the RSA shear-distribution. This intermediate analysis
is carried-out loading the structure only with a horizontal
force distribution related to the main shape mode (which
allows to evaluate the correct position of the hold-down).
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After evaluating the final shear-force distribution by the
superimposition of the RSA effects with the vertical-load
effects, the net forces in the hold-downs as well as the
consistency as to be determined. In the case that the
results are not in accordance with the initial conditions,
the procedure are to be iterated.

8 NUMERICAL EXAMPLE FOR THE
APPLICATION OF THE VTM
METHOD
With the aim to make readers understand correctly the
system of 3 x 2 walls of Section 5.1 is analysed.
The mass matrix adopted is (the masses are given in
tons):
2
0
0

0 0
2 0
0 2

(61)

For the initial condition all the hold-downs are
considered active.
8.1 MODAL ANALYSIS
The proposed method require, as STEP 1, the modal
analysis of the structure-model in order to assess its
dynamic properties as well as the mass participating
factor.
From the mass matrix of Eq. (61) and the global stiffness
matrix of Eq. (30), according to Eq. (57), the periods
result:
0.63 sec;

0.16 sec;

0.09 sec

(62)

And the related shape-modes are:
0.21
0.59 ; Φ
1.00

Φ

1.00
0.80 ; Φ
0.68

1.00
0.95
0.35

(63)

1.29; Γ

0.53; Γ

0.19

(64)

It is clear that the main mode of vibration is the first one,
This can be more emphasized evaluating the
participation masses:
M

4.66 ton; M

1.19 ton; M

0.15 ton

0.64g (66)

0.56g;

The equivalent static force distributions are determinate
by-means of Eq. (59) (the forces are given in kN):
2.26
6.27 ;
10.67

5.84
4.67 ;
3.98

2.45
2.33
0.85

(67)

8.1.1 VTM method
According to the third step of the VTM method, three
static analyses of the model are performed, namely one
for each static force distributions. It has to be reminded
that the analysis related to the main mode-shape
considers the simultaneous presence of the equivalent
horizontal and the vertical loads. Conversely, the
analyses related to the other mode-shapes consider only
the equivalent horizontal loads.
The shear-force distributions and the bending-moments
for each mode-shape are shown in Table 2; for each
equivalent static analysis, the initial-condition assumed
considers all the bending-moments to be positive.
According to the procedure of Section 5, the states of the
hold-down were checked at every step; for the first
mode-shape no iteration has been required; conversely,
the other two methods needed two iterations each.
The fourth step of the VTM method consists in the
modal superimposition of the shear-forces and the
bending moments, the SRSS procedure gives the values
shown in Table 3.
Table 2: VTM shear-force distribution and bending moments
for the 1st interaction, (modified from [10]).
Shape-mode 1

The participation factors, evaluated using the Eq. (58),
are the following:
Γ

0.42g;

(65)

15.07

4.13

97.93

97.93

14.23

2.71

60.26

60.26

9.89

0.79

24.96

24.96

Shape-mode 2
4.73

1.79

5.63

2.47

0.50

0.18

-6.21

-2.01

-2.99

-0.99

-7.47

-2.47

Shape-mode 3
0.68

0.28

0.59

0.26

-1.06

-0.41

-1.12

-0.45

0.62

0.23

1.54

-0.59

Table 3: SRSS values of shear-force and bending moments for
the 1st iteration VTM, (modified [10]).
Shear-forces Vij [kN]

Figure 8: Design spectrum adopted, [10].
In order to evaluate the equivalent force distributions
related to the mode-shapes, the reduced response
spectrum (called design spectrum) of Figure 8 is
considered. For each period, the spectral values are:

Bending moment Mij [kN m]

15.07

4.13

97.93

97.93

14.23

2.71

60.26

60.26

9.89

0.79

24.96

24.96

The net vertical-force acting in the hold-downs and the
related compatibility verification are shown in
Table 4.
The final result of the first iteration are in agreement
with the initial condition adopted, therefore the results
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are consistent with the boundary condition used and no
more iteration are needed. It is important to remark that
if the hold-down forces would have not been compatible
with the hypothesized hold-down state, the procedure
would have been iterated after the updating of the
boundary condition, hence the updating of the stiffness
matrix.
Table 4: Hold-down force and compatibility verification, 1st
iteration VTM, (modified [10]).
Tensile force Tij [kN]
,
,
,

= 20.47
= 11.73
= 4.1

Compatibility verification
Verified
Verified
Verified

,
,
,

=7.7
=3.6
=1.3

Verified
Verified
Verified

9 CONCLUSION
The present paper deals with the seismic analysis of
multi-storey light-timber frame buildings by means of an
analytical model accounting for the main deformation
contributions due to connections and mechanical
devices. Lateral Force Method and Response Spectrum
Analysis are analysed.
Differently from the common procedures adopted in the
design phase, the real stiffness of the walls is considered.
Particular attention was paid to the role of hold-downs,
which show a non-linear behaviour depending on their
state (hold-down in tension or not in tension). As a result
an iterative approach is required taking into account that
the vertical load contribution.
Regarding the RSA, three analytical-iterative methods to
were presented. Differently from LFM the application of
RSA results more complex because, due to hold-down’
non-linear behaviour, the dynamic properties (periods,
mode of vibration etc.) are strongly related to the
stiffness of the building, which depends on the
magnitude of the seismic forces, which in turns depends
on the stiffness itself. Therefore, a direct application of
RSA to multi-storey light-timber buildings cannot be
adopted.
The three methods presented differ in the way in which
the effect of the vertical load on the hold-down and on
the shear-distribution within the walls is considered.
The CNA method can be assumed as the most correct
from a theoretical point of view but a high computational
effort may be required. The VNA method is faster but at
the same time the less accurate. For this reason, the
VTM method represents a good compromise between
computational expensiveness and accuracy and in
author’s opinion, it should be assumed as the reference
method. A numerical example of VTM method was
presented demonstrating the influence of the different
deformation contributions and the role of vertical load.
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Wood Innovation and Design Centre – Lateral Load Resisting System
Eric Karsh1
ABSTRACT: This paper describes the structural system for the 29.5 metre high Wood Innovation and Design Centre
in Prince George, British Columbia, with a particular focus on the CLT lateral load resisting system. The Wood
Innovation and Design Centre is a provincially funded, 4,800 m2, 6 + 2 storey academic and office project funded by the
Province of British Columbia as a demonstration project to promote the use of mass timber in commercial applications.
The project was granted a greater site specific maximum height allowance but was however required to undergo a
stringent peer reviewed alternate solution permitting process.
The lateral load resistance for the building is provided by the CLT stair and elevator core, built of balloon framed panels
as large as 10.5 metres long by 3 metres wide, as well as the CLT floor diaphragms. The core connections consist of
self-tapping screws, off-the-shelf steel bracket connectors, custom plate and timber rivets as well as the HSK
connection system for the wall hold downs and base shear connections.
KEYWORDS: WIDC, Tall Wood, Glulam, CLT, LVL, PSL, HSK
1.

INTRODUCTION 123

The Wood Innovation and Design Centre (WIDC) is a
government sponsored academic and office
demonstration project with the goal of inspiring
institutions, private sector developers, and other
architects and engineers to embrace wood panel and
heavy timber construction in taller and larger buildings.
At 29.5 metres, WIDC was the tallest modern “allwood” building in the world at the time of completion in
October, 2014.

houses the University of Northern British Columbia
Master of Engineering in Integrated Wood Design
program on the lower three floors, and the Emily Carr
Design School on the upper four floors.

The design team specifically elected not to use concrete
above the ground floor slab, with the exception of a
composite concrete topping at the mechanical penthouse
used to isolate the mechanical equipment acoustically.
The form of the building is rational and restrained,
allowing the beauty of wood to shine through. The
building exterior is inspired by bark peeling away from
the trunk of a tree: the bark on the north side is thick and
protective from the wind and the cold, thinning away
towards the south sunlight. The building is clad with a
combination of natural and charred cedar panels. Wood
charring is a centuries-old technique, borrowed from
Japanese craftsmen, used to increase the wood’s
resistance to fungus and decay as well as to increase its
flame spread rating.
2.

GENERAL DESCRIPTION

The Centre is an 8 storey structure, including the second
floor mezzanine and penthouse levels, with a total area
of approximately 4,800 square metres. The building
1

Eric Karsh, Equilibrium Consulting Inc.
ekarsh@eqcanada.com

Figure 1: Charred and natural cedar panel façade
elevations with glazing increasing from north to south.
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As a provinncially fundeed demonstraation project, the
mandate for the Wood Deesign Innovatiion Centre waas of
course to exppose as muchh of the structuure and featurre as
many BC woood products as
a possible.
Exposing thee majority of the structure poses challennges
beyond basicc structural design
d
requireements, including
acoustic andd fire resistannce and the incorporation
n of
services. Muuch thought was given in developin
ng a
structural cooncept that met
m those reqquirements in
n an
architecturallly interesting and practical manner.
The buildingg was delivered under a design-build conttract
with a scheddule of only 16 months frrom beginning of
design to occupancy. Th
he project was
w given a siteb the provinncial
specific heigght exceedancce approval by
government, but requiredd a special alternate
a
soluution
submission w
which includeed a fully engiineered fire saafety
analysis and required thatt an independdent shadow team
t
w the archittectural, struuctural and fire
peer review
engineering ddesign process and submisssions.

Thee CLT floor sllabs are staggeered and overllapped,
creaating a corrug
gated profile to
o allow for thee
incoorporation and
d concealment of services inn the floor
cavvities above an
nd below. The upper and low
wer CLT
slabbs are connectted together innto a very robuust
corrrugated composite element using the prooprietary
Gerrman connectiion system HS
SK. The roof structure
s
connsists of a sing
gle layer of CL
LT panels withh a 600mm
gapp between the panels to provvide service sppaces. A
19m
mm plywood diaphragm
d
briidges the gap aand is held
off of the CLT sllab with 19mm
m strapping too create an air
space. This air sppace prevents water from beeing trapped
ween the plyw
wood and CLT
T in the occurrrence of rainy
y
betw
weaather, as both plywood and CLT are relattively airtight
andd could trap waater for up to 6 months if noot allowed to
vennt, almost certaainly initiatingg mould or evven rot.

The very agggressive desiign and consstruction scheedule
for the projecct could only be
b achieved by
b overlappingg the
design and cconstruction acctivities. Thiss was achieved
d by
initiating thee shop draw
wing process as soon as the
member sizes and geometrry were set. A “stick” modeel of
the structure was generated and revieweed while site work
w
ng at
and detailed connection deesign was undder way, savin
verall process.
least two months in the ov

Figure 2: M
Member-only orr “stick” modeel of the buildiing
for early cooordination and review.

3.

M
GRAVIITY SYSTEM

The main graavity system consists
c
of a glulam
g
post an
nd
beam structuure supporting Cross Laminated Timber
(CLT) floor sslabs. The beaams frame intoo the column
faces using pre-engineered
p
d aluminium dovetail
d
connectors, or
o are pocketeed through, alllowing columnns
to bear on onne another on end grain to make
m
use of
glulam’s highh longitudinall-to-grain bearring capacity and
avoid cumulaative shrinkag
ge over the heiight of the
building.

Figure 3: Corrrugated CLT composite flloor system,
Fi
shhowing the integgration of serviices.

L
(PSL) was used for transfer
Parallel Strand Lumber
beaams over the leecture theatre and laboratorry spaces for
its high
h
shear, beearing and bennding capacityy, as well as
its llow moisture content
c
to avo
oid excessive differential
shriinkage. Doublle PSL 175x11220mm weree required
oveer the lecture theatre.
t
Givenn that PSL is manufactured
m
to a maximum deepth of 483mm
m, the transferr beams were
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achieved by block gluing smaller billets together, a
process which has been used in BC for over two
decades.
The foundation for the building consists of a raft slab,
which was preferred over standard strip and pad footings
for this particular project due to cost and speed of
construction, a significant consideration given the
extremely tight timeline on this project.

represents the estimated over strength of the lateral load
resisting system, which is the difference between the
code prescribed (calculated) capacity of the system and
the load at which the system is expected to realistically
begin to yield.
In the case of Cross Laminate Timber, both in Canada
and the US, the FEMA procedure is under way but has
yet to be completed. In the meantime, conservative
values for Rd and Ro are being used based on preliminary
tests using single panel specimens anchored to the base
using off-the-shelf proprietary hold down anchors and
angle brackets.
It is widely agreed that more complex multi-storey,
multi-panel shear wall systems, joined together using
hundreds of self-tapping screws and anchored to the
foundations using high-ductility connection systems will
provide significantly more ductile systems than those
tested in North America to date.
5.

LOAD REQUIREMENTS

The project site in Prince George, British Columbia is
located in a central region of the province where both
wind and seismic loads are relatively low. The design
climatic information for the project is included below.
Climatic Design Data (per BC Building Code 2010)
Roof Snow Load

S = 2. 92 kPa

Hourly Wind Pressure: (1/10) = 0.29 kPa
Hourly Wind Pressure: (1/50) = 0.37 kPa
Average factored design wind pressure = 0.8 kPa
Seismic Design Data
5% damped spectral
accelerations

Sa(0.2) = 0.130
Sa(0.5) = 0.079
Sa(1.0) = 0.040
Sa(2.0) = 0.026
Peak ground acceleration
PGA = 0.070
Site Class (soil factor)
D
Ductility factor
Rd (CLT) = 2.0
Over strength factor Ro (CLT) = 1.5

Figure 3: HSK Connection of the corrugated CLT floor
panels

4.

DUCTILITY FACTORS FOR CLT

In Canada, the predicted elastic base shear is reduced
(divided) by the product of two factors: Rd x Ro. The
ductility factor, Rd, is a measure of the predicted ductility
level of the lateral load resisting system, normally
determined by convention or by FEMA procedure P695
in North America. The over strength factor, Ro,

Both wind and seismic loads were considered in the
design of the lateral load resisting system, as wind
governed under certain conditions and seismic governed
in others. Given the relatively low seismic demand for
this site, the seismic design was carried out using a
simple elastic response spectrum analysis using
equivalent properties for CLT walls.
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For comparative purposes, we have tabulated the service
and design (factored) wind forces, as well as the design
seismic base shear (based on RdxRo = 3.0), and the
prescribed elastic base shear, as a percentage of building
weight.
% of Building Weight
Service Wind
Factored Wind

3.0%
4.5%

Design Base Shear
Elastic Base Shear

3.0%
9.0%

Figure 4: Elevation of Typical CLT shear wall

It is of note that the factored design wind force exceeds
the design (reduced) seismic base shear based on RdxRo
of 3.0. On the other hand, the elastic seismic load is
twice as high as the factored wind load. In other words,
the wind load governs for an equivalent RdxRo greater
than 2.0, and the seismic design loads govern for RdxRo
values smaller than 2.0. This means that in our case,
there was no advantage in designing the building for
RdxRo greater than 2.0 as wind would have governed
anyway.

6.

LATERAL LOAD RESISTING SYSTEM

The lateral resistance for the Wood Design and
Innovation Centre is provided by the stair and elevator
core, which are entirely built of CLT from the raft
foundation slab to the penthouse roof.
The raft slab is typically 400mm thick, and is thickened
to 600 mm underneath the core and around the perimeter
of the building for additional boundary condition
stiffness and frost protection purposes.
Most of the shaft walls consist of 169mm thick, 5 layer
spruce CLT wall panels, except for the 239mm thick, 7
ply CLT wall adjacent to the main lobby stair, which has
a greater unsupported length. Where CLT walls are left
exposed, the exposed lamination consisted of Douglas
Fir MSR lumber (lam stock) to achieve a better finished
appearance.
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a balloon fraamed (vertically
Thee shaft walls are
conntinuous) overr 3 storeys witth up to 3 metrre wide x10.5
mettre tall panels,, connected toogether verticaally and then
spliiced horizontaally at the 3rd and
a 6th floors in
i order to
achhieve the 29.5 metre core heeight.
Verrtical walls joiints are half-laapped and connnected with
selff-tapping screw
ws over the fuull height of thhe core.
Horrizontal joints at the 3rd andd 6th floors are also halflappped and conneected with selff-tapping screews to resist
horizontal shearss, and connected each end of
o the wall
withh hold downs consisting off 6mm steel plates and
timbber rivets to reesist uplift forrces.

Figure 5: Typiccal hold down with the reduuced section
Fi
pllate and HSK co
onnectors.

Thee base of the core
c
is anchoreed to the raft foundation
f
for shear using cuustom bent plates with ringg nails and
l
loads,
epooxied concretee anchors in loocations with light
andd base plates with
w the HSK perforated
p
plaate and
adhhesive system by TiComTecc in more heavvily loaded
locaations. Uplift forces are resisted by steel plates
ancchored to the CLT
C using thee same HSK perforated
platte and adhesivve system by TiComTec,
T
annd field
wellded to embedds cast into thee raft slab. Theese steel
plattes have a reduuced-area section which is designed to
alloow the steel too yield in a ducctile manner bbefore the
HSK
K fails.

Figure 4: CL
LT core installa
ation in progresss.

Thee shear walls were
w designed
d to remain elaastic under
the factored windd load, and meeet the code reequired
maxximum wind load
l
drift limit of height/400. For loads
beyyond that levell, the walls weere designed to
t provide the
requuired ductilityy through yieldding of the veertical joints
firstt, and then thee hold downs at a slightly higher
h
load,
provviding a degreee of ductility
y much superioor to the
requuired RdRo off 2.0.
Thee diaphragms are provided by
b the corrugaated CLT
slabbs, which are connected
c
toggether with a combination
c
of self-tapping
s
sccrews and the HSK system. The
diapphragm CLT panels
p
are connnected to the post and
beaam frames usinng self-tapping screws, andd to the shear
wallls with 89x2441mm laminatted strand lum
mber (LSL)
ledggers, which arre in turn fasteened to the facce of the
shear walls panells using a com
mbination of horizontal and
d
self-tap
pping screws.
45 degree
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Figure 6: Flloor to ledger connection
c
at thhe core

7.

OTHER
R STRUCTU
URAL ELEM
MENTS

Other structuural elements of
o note includde the 80x228m
mm
Brisco Fineliine (LVL) winndow mullions, to which thhe
glazing systeem is directly mounted.
m
Lam
minated veneeer
lumber was cchosen for thee support of thhe glazing systtem
due to its low
w post manufaacturing moistture content an
nd
dimensional stability.
The main enttrance canopyy and lobby feature stair aree
also built of Brisco
B
LVL slabs, adding to
t the pallet off BC
sourced timbber material ussed in the buillding. Yellow
Cedar glulam
m posts were used
u
for the exxterior colonnnade
supporting thhe exterior edg
ge of the mainn entrance
canopy.

Figure 7: Complleted project. From
Fi
F
top to botttom: Overall
viiew, lecture theeatre, main entrrance, and shell only (preteenanted) top flooor with exposed
d roof structuree.

WCTE 2016 e-book | 3601

CATHEDRAL HILL 2: CHALLENGES IN THE DESIGN OF A TALL
ALL-TIMBER BUILDING
Kevin Below1, Francesco Sarti2

ABSTRACT: The paper presents the design and modelling of Cathedral Hill 2, a 15-storey timber building, planned for
construction in Canada. The building is a 59-metre tall office-use construction with an all-timber structure where the
lateral-load-resisting system consists of segmented Pres-Lam walls.
The paper firstly presents the design philosophy, and the motivations for the use of the Pres-Lam system, which was
mainly driven by serviceability limit-state wind loading.
The final part of the paper shows the verification of the building’s dynamic behaviour using non-linear time-history
analysis, showing that, although the lateral-load design is governed by serviceability limit-state wind deflections,
earthquake demand must not be overlooked due to higher-mode amplifications.
KEYWORDS: timber buildings, Pres-Lam, lateral load design

1 INTRODUCTION 12
Timber is at its renaissance as a structural material and
globally trending towards taller and more open-plan
buildings. The increasing demand of high-rise timber
buildings poses the main issue of creating strong
connections to resist the lateral loads resulting from wind
and seismic actions.
Post-tensioned timber systems (Pres-Lam systems), first
developed in the 2000s [1] and extended from the
PRESSS systems [2], represent a suitable and convenient
way of connecting structural elements to create highcapacity moment-resisting connections.
In its original configuration the system provided a
combination of re-centering and energy dissipation,
which allowed the system to minimize post-event
residual displacements as well as to provide hysteretic
damping to the system, thus reducing the seismic
demand.
Extensive experimental and numerical research was
performed on a comprehensive set of structural elements,
either walls or frames, as well as on scaled buildings [37]. Experimental results proved the excellent
performance of the system, which was able to localize
the damage to sacrificial elements, while leaving the
structural elements in an elastic and undamaged state.

1

Kevin Below, President, Douglas Consultants,
kbelow@douglasconsultants.ca
2
Francesco Sarti, Structural Engineer, PTL | Structural
Consultants, f.sarti@ptlnz.com

Figure 1. Nelson and Marlborough Institute of
Technology.

Following extensive research on this low-damage
structural system, several building have been constructed
in New Zealand using the Pres-Lam system.
The Nelson and Marlborough Institute of Technology
(Nelson, New Zealand) is a three-storey timber building
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whose lateral-load resisting system consists of Pres-Lam
post-tensioned coupled walls [8].
Another more recent example is the Trimble Navigation
Building, which was the first Pres-Lam building of the
Christchurch Rebuild [9]. The building is a two-storey
structure with post-tensioned timber frames and coupled
walls in the two principal directions.

As the lateral forces and displacements increase, the gap
develops further and eventually activates the posttensioning bars, increasing their stress and providing
additional capacity to the system.

Figure 3. Pres-Lam system concept

Figure 2. Trimble Navigation Office.

The design of these mid-rise office structures was
earthquake governed; therefore, the main motivation of
the choice of the Pres-Lam system was the provision of a
resilient system capable of reducing the lateral-load
demand as well as limiting the post-event damage.
This consideration may not hold for taller timber
structures. In fact, as tall timber structures have an
increased flexibility, the period of the structure is longer,
and this results in significantly lower seismic shear
demands. In this situation the design may be governed
by the wind-induced demand, even in high seismic areas.
In this context, the structure is likely to remain elastic,
making the use of dissipaters unnecessary.
Nonetheless, post-tensioning is still a very economical
way of providing high-strength and high-stiffness
connections between timber elements, as well as
between timber elements and the foundations [10].
In fact, the advantage of the system lies in its peculiar
rocking mechanism which allows the creation of a strong
and stiff connection by means of a few high-strength
steel bars.
As Figure 3 shows, the post-tensioned rod in the
structural element creates some compressive stresses in
the wall in its initial state before lateral loading.
As the horizontal load acts on the cantilever, some
moment is developed, reducing this compressive stress at
the tension side of the element. As this stress reaches
zero (the decompression point), a gap opening develops,
creating a rocking motion with rigid body rotation.

When the design is governed by Serviceability Limit
State (SLS) (e.g. wind-induced deflections) and a highstiffness connection is required, the system can be
designed to develop a decompression moment higher
than the SLS demand. This creates a fully fixed
connection, hardly achievable with conventional metallic
fasteners.
As the decompression capacity is exceeded and the gap
opens, additional capacity is developed as a result of the
elongation of the post-tensioning tendons, providing
extra strength for Ultimate Limit State events.
This paper presents the preliminary design of Cathedral
Hills 2, a 15-storey timber building, planned for
construction in Canada.
The paper first describes the conceptual design of the
building, where integration with the neighbouring
existing buildings imposed certain restrictions and where
a strong focus on sustainability oriented the structural
choices towards the maximization of the use of wood.
The structural design of the lateral-load resisting system
is then discussed and the main motivations behind the
choice of the Pres-Lam system are shown.
Although the design of the building was governed by
wind actions, dynamic analyses under earthquake
excitation were carried out as part of the lateral-load
design of this tall timber structure. The final part of the
document presents the non-linear time-history analysis
of the structure and compares the results to the evaluated
wind-induced demand.

2 CONCEPTUAL DESIGN
On the edge of the downtown area of Canada’s capital,
with a spectacular view of the Ottawa River and the
Gatineau hills, the building is ideally located for a mix of
convenience and eco-conscience. With a recognition that
developers have a responsibility to be positive agents of
change, this project strives to be the driving force behind
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the creation of “green” real estate, as an example of what
can, and should, be happening.
The city authorities and the community strongly
expressed the opinion that the building needed to respect
the existing neighbouring cathedral and to preserve its
visibility, and eventually agreed to the curved face and
the two-metre setback at street level (Figure 4).

With the limited space on site for storage and the
probable winter conditions during construction,
prefabrication was a large part of the design
considerations.

Figure 6. Typical plan view showing the shear walls of
the lateral-load resisting system.

The front and rear setbacks impose cantilevered floor
sections through most of the columns and this influenced
the design choice for the beam-column joints, which
allow for continuity of the beams through the columns.
Figure 4. Architectural rendering of the building

The ground and second floors are interconnected through
a two-storey atrium, forming the lobby and main
entrance.
The large exposed mass-timber feature in the lobby
announces the intention of the building – the extensive
use of wood for all things structural (Figure 5)

Douglas
CSV Architects

Figure 5. Architectural rendering of the lobby

The structure consists basically of glued-laminated
columns and beams, supporting cross-laminated timber
(CLT) floors. The stair and elevator shafts comprise
laminated veneer lumber (LVL) walls, post-tensioned
with high-strength steel bars running from the concrete
of the underground parking levels to the top of each
shear wall.

Figure 7. View showing Wall MY1a.

The shear walls composing the lateral-load resisting
system could not be placed along the front curved face
because of the setback at ground level and also to
conserve the view through the completely open façade.
They could not be placed along the rear face either,
because of the required setback from the building line at
ground level. So, the interior walls of the elevator shafts
and the corridor facing the elevators (My2a, MY2b,
MX1 and MX2 in Figure 6) provide the East-West
resistance, while the North-South resistance, as well as
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the torsional resistance, come mainly from the peripheral
side walls (MY1a and MY1b in Figure 6).
The shear walls were designed to be constructed in five
vertical segments, each of 2, 3 or 4 storeys high, with
vertical post-tensioned rods added with each new
segment. This allows each new lift to provide immediate
lateral stability to the building as construction proceeds
and also results in maximum prestressing at the lower
levels where it is required.

3 PRELIMINARY DESIGN WITH A
SIMPLIFIED MODEL
The preliminary design loads for wind were developed
using the provisions of the Canadian building code [11],
which incorporates a dynamic gust factor to arrive at an
equivalent static load, W. The total wind load on the
building due to W was thus evaluated as 2 571 kN in the
x direction, and 3 341 kN in the y direction. Ultimate
Limit State (ULS) loads of 1.4W (4 677 kN with an
overturning moment of 143 000 kNm in the y direction)
and Service Limit State (SLS) loads of 0.75W (2 506 kN
with an overturning moment of 76 600 kNm in the y
direction) were then used for design.
Initially, the seismic loads were evaluated by applying
the regional seismic data to a simple single-degree-offreedom model (first mode of vibration only), with an
effective secant period of 4.8 seconds, based on a lateral
deflection of 1.5% of the building height, which would
be the case if the seismic loads were to govern the
design. Based on a total seismic mass of 3 540 tons
(35 000 kN), the total base shear was calculated as 365
kN, and the overturning moment as 13 800 kNm.
However, at this seismic load, the lateral deflection is
only 16 mm, less than 0.04%, so we revised the
calculations to use the initial elastic stiffness and a
period of 1.07 seconds. With this period, the base shear
becomes 2 000 kN, and the overturning moment
75 550 kNm.

The lateral resistance and deflection were calculated
using a pushover analysis for each of the individual
shear walls.
For the wall MY1a, overturning moments and
resistances were calculated at the base level of each of
the five vertical segments and plotted in the following
figure as a function of the angle of the gap opening at the
base of the segment.
In Figure 8, the overturning moments corresponding to
the seismic loads, the service wind loads and the ultimate
wind loads are plotted.
The seismic loads produce no connection rotation at
ground level and Level 3, meaning that seismic
behaviour at these positions remains elastic with no gap
openings at the design seismic level. At Levels 5, 8 and
11, there is a small gap rotation of the order of 0.00015
radians. The gap is of the order of 500 mm long and
opens to less than 1 mm.
At the service wind load level, there is no gap opening,
and this was one of our design criteria, in order to
minimise discomfort and concern during the morefrequent wind events.
At the ultimate wind load level, however, there will be
some gap opening, approximately 4 mm at ground level,
and less than 1 mm at Level 11.
The change in slope of the plotted lines indicates
yielding of the tension rods, and the diamond-shaped
symbols represent the beginning of crushing of the wood
under the compression loads during rocking. At the
lower levels of the building, some of the rods yield
before the wood crushes, with the inverse at higher
levels, and this depends on the level of prestressing and
the number of rods at each level.
The diagram has been plotted up to a gap of 0.006
radians, corresponding to a gap of 60 mm over a length
of 10 metres. At this stage, none of the rods has
fractured.
It is interesting to note the implied robustness of the
system with respect to the seismic loads.
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Figure 8. Moment-rotation curves for post-tensioned wall MY1a.
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At ground level, the ultimate seismic moment for this
particular wall is 36 265 kNm and gap opening begins at
39 400 kNm. The resistance corresponding to wood
crushing is 106 775 kNm. The ratio of the resistance at
the onset of wood crushing over that at the gap opening
is 2.7 at foundation level, and is comparable to a
measure of ductility of the rocking system.
The inter-storey drift limits according to Canadian code
are 0.025 h and 0.002 h for seismic and service wind
loads respectively, where h is the inter-storey height.
The service wind deflection proved to be the limiting
design constraint, and load resistance is substantially
above the factored load levels for both wind and
earthquakes.
Deflections increase markedly once gaps begin to open,
so the use of the prestressed rods is very beneficial in
this regard.
Normally, dissipaters in the form of mild-steel rods or Ushaped flexural plates would have been added to absorb
the seismic energy. However, in the present case, the
seismic events do not produce yielding and their effect is
well below the elastic resistance of the system. To allow
for a “maximum credible earthquake” several times the
design level, mild-steel dissipaters could be added to
provide ductility before crushing of the wood.

Table 1. Material Properties of Pres-Lam Walls.

LVL
Strength
Compression parallel to grain
fc,0
Shear strength
fs
Elastic modulus
Characteristic perp. to grain
E0
Shear modulus
G
Post-tensioning bars
Yield strength
fy
Elastic modulus
Ept
Diameter
dpt
Area
Apt
Initial Stress
fp0

33
4.5

MPa
MPa

13.8
0.55

GPa
GPa

830
205
36
1019
622

MPa
GPa
mm
mm2
MPa

The behaviour of the connections where the sections of
LVL are joined horizontally (corresponding to the
curtailment of the bars) and between the complete wall
and the foundation are modelled with a single rotational
spring.

4 VERIFICATION THROUGH
NUMERICAL MODELLING
As discussed in the previous section, the governing load
case was the serviceability limit state wind-induced
deflections, which also generated the highest demand in
the walls.
A further step in the design of this tall timber building
was the numerical verification of its dynamic behaviour.
To achieve this objective, non-linear time-history
analyses were carried out using the modelling software
OpenSEES [12].
4.1 Numerical model
A lumped plasticity modelling approach (Figure 9) has
been used, which combines the use of elastic structural
elements with springs which represent the non-linear
(gap opening) rotations in the system. For the modelling
of the Pres-Lam walls, multi-linear elastic rotational
springs have been used to model the non-linear rocking
behaviour at each critical section (base connection and
four levels along the elevation). This modelling approach
has been previously verified against a large range of
experimental testing results [13, 14].
The elastic elements in the model represent the wall
panels themselves and these were provided with the
geometric characteristics of the walls shown in Figure 9
and the material properties listed in Error! Not a valid
bookmark self-reference.. A reduction in stiffness of
20% was applied to the modulus of elasticity of the
timber in order to account for the reduced stiffness of the
walls at the horizontal onsite connections between the
wall panels at each storey.

Figure 9. (a) Pres-Lam segmented wall; (b) Lumped
plasticity model.

The moment-rotational behaviour of the rotational
springs used to simulate the contact and interaction
between the wall panels themselves and between the
wall panels and the foundation were evaluated based on
the Pres-Lam analytical design procedure. This
analytical procedure provides the moment-rotation
behaviour of timber walls under load and has been
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confirmed against extensive experimental testing [15,
16]. An example of the spring calibration is shown in
Figure 10.

0.8

Spectral Acceleration (g)

250000

Design

0.6
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150000

Average

0.4

100000

0.2

Analytical (Design procedure)

50000
0

1

Numerical
0

0.004
0.008
0.012
0.016
Connection Rotation (rad)

0

0.02

Figure 10. Evaluation of the moment-rotation behaviour
of the walls and linearization for the rotational spring
models.

4.2 Dynamic Identification and Seismic Input
Dynamic identification of the building was carried out
through modal analysis and the results are reported in
Table 2. The modal analysis showed the building to have
a first mode period of T 1x = 1.56s and T1y = 1.32s in the
X- and Y-directions, respectively.
Table 2. Modal analysis results.

0

1

2
Period (s)

3

4

Figure 11. Design spectrum and record set damped
spectra

The models were subjected to a set of ground motions
from the PEER strong motion database [17] selected to
match the design spectrum in accordance with the
National Building Code of Canada [11]. The record set is
summarized in Table 3 and the scaled spectra are shown
in Figure 11.
The shear-force and bending-moment envelopes
resulting from the non-linear time-history analysis of the
Wall MX1 (refer to the plan view in Figure 6) are shown
in Figure 12.
Table 3. Summary of selected records.

Mode
1
2
3
4
5
6
7
8
9
10
11
12
13
14

X-direction
Period Modal Mass
(s)
(%)
1.555
64.4
0.248
19.7
0.089
6.72
0.045
3.36
0.027
1.96
0.018
1.26
0.013
0.85
0.010
0.59
0.008
0.42
0.006
0.30
0.005
0.20
0.005
0.12
0.004
0.06
0.004
0.02

Y-direction
Period Modal Mass
(s)
(%)
1.314
64.43
0.210
19.74
0.075
6.712
0.038
3.358
0.023
1.962
0.015
1.256
0.011
0.848
0.008
0.593
0.007
0.421
0.005
0.296
0.004
0.197
0.004
0.118
0.003
0.056
0.003
0.015

A Rayleigh damping model was used for the dynamic
modelling of the structure. Table 2 also shows the modal
mass participation factors for each mode and, as it can be
noticed, most of the seismic mass is contained within
first four modes; therefore, 3% critical damping was
assigned to the first and fourth modes of the structure.
This results in a minor under-damping of modes 2 and 3
with both of these modes having damping of between 1
and 2%.

ID
1
72
156
190
419
550
1011
1126
1162
1301

Earthquake Name
Helena, Montana-01
San Fernando
Norcia, Italy
Imperial Valley-06
Coalinga-07
Chalfant Valley-02
Northridge-01
Kozani, Greece-01
Kocaeli, Turkey
Chi-Chi, Taiwan

Year Mw Scaling factors
X-dir. Y-dir.
1935 6.00 1.08 0.96
1971 6.61 2.39 2.53
1979 5.90 1.60 1.31
1979 6.53 2.61 2.36
1983 5.21 3.35 2.78
1986 6.19 1.60 3.14
1994 6.69 1.37 1.40
1995 6.40 1.65 1.46
1999 7.51 1.08 1.54
1999 7.62 2.74 2.62

The numerical results show some dynamic amplification
of the shear response of the building due to higher mode
effects. Higher modes influenced the building response
through the deviation of accelerations and displacements
(and thus drifts) from the first mode shape assumed in
design. When the response is first-mode dominant,
accelerations, and hence displacements, increase up the
building height. The influence of higher modes alters
this trend. In particular, the average peak-response shear
diagrams (dashed black lines) of the building highlight a
significant influence from the second mode of vibration,
such that the envelope response (solid black line) shows
shear values which exceed the design values.
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load case scenario, the dynamic amplification of shear
and moments must not be overlooked, especially for
detailing purposes.

Peak
Envelope
Wind
EQ
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CONCEPT AND DESIGN OF THE CLT-STRUCTURE OF THE FOUR
RESIDENTIAL TOWERS WITH 9 STOREYS IN THE CITY OF MILAN
Andrea Bernasconi1
ABSTRACT: The timber construction of the residential building Via Cenni in Milan (erection 2012-2013) consists
mainly on the four 9-storeys CLT-towers. The structural concept, the structural design and the modeling on the tower
have required to consider some special questions, as for example the earthquake modeling and design, or the definition
of the criteria to demonstrate the robustness of the structure, or the modeling of the connections and their stiffness.
Some questions about the behavior and the modeling of this kind of timber structures are presented and discussed.
KEYWORDS: Design of CLT-Structures, Modelling CLT-Structures, CLT-Connections, Stiffness of connections

1 INTRODUCTION 123
The project of the residential area "via Cenni" in Milan
consists on 4 9-storeys tower-buildings, and 4 longer 2storey buildings. The entire project includes 124
residential units and a lot of others spaces for urban
services, for administration and concierge, for social
activities and for garden and public area.

Figure 1: CLT 9-storey structure in Milan

This project was created and designed from the
beginning as a timber construction and a timber structure
with CLT. The raisons for this choice were given by the
interesting for innovative solutions and by the
1
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advantages of the CLT construction described form
project team. These are especially the high safety of
structure and of the construction, the high level of
comfort of the residences and the high flexibility by
organization of the space.

the
the
the
the

2 THE STRUCTURAL CONCEPT
The main structure of the tower is a spatial, three
dimensional structure, composed on CLT decks and
walls. The entire structure is on CLT, without any part
on concrete or other materials. All the CLT panels are
continuously connected together, in order to assure a
regular, continuous flow of the forces and in order to
obtain a correct stiffness of the CLT panel connections.
Other structural elements - as bending beams or columns
- are very rarely used and have just a local structural
effect in case of big openings in walls or decks or in case
of locally, small irregularity of the construction.
Generally the local reinforcement elements are in timber
(GL, CLT, LVL); in some rare cases steel elements were
used to reduce they dimensions at the minimum. The
main timber structure consists "just" on vertical and
horizontal CLT panels, and of course on the structural
connections between the CLT panels.
The 4 towers, with 9 storeys have ground dimensions
13.5 m x 19 m and about 27 m height. The load bearing
structure consists on CLT-panels; the structure can be
considered as an important engineered CLT-structure
and had to be designed, calculated and verified in
strongly accordance to the rules and knowledge of the
modern timber engineering and construction.
Italy is a known earthquake area. The city of Milan and
generally the northern part of Italy are not subject to
strong earthquake, but earthquake is a very sensible topic
by the authorities as well by the population. So it is
important to give attention to the earthquake safety of
the building. The structural project had to obtain a
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formal approval from the highest national building
authority.

3.2 THE WALLS
The vertical forces on the walls doesn’t vary very much
at the same level, because the different orientation of the
decks CLT elements. It was decided to maintain the
same thickness of the wall element for all the parts of
wall on the same level. On this way the stiffness of the
vertical sheeting within the level is constant and regular;
furthermore the horizontal stiffness of the entire timber
structure decrease regularly from the bottom to the top of
the tower, proportionally to the decreasing thickness of
the CLT-walls.

Figure 2: The dimension of the 4 towers

3 THE STRUCTURAL COMPONENTS

The thickness of the wall CLT panel decrease form 200
mm on the lower level (ground level), to 180 mm for the
second, third and fourth level, to 160 mm for the fifth
and sixth level, to 140 mm for the seventh and eighth
level, and finally to 120 mm for the ninth level. All the
CLT wall panels are 5-layers panel.

3.1 THE DECKS
The structural decks are on CLT panels and are oriented
according to the support and load bearing conditions.
Due to the different disposition of the rooms in the
different levels, it results a different distribution of the
loads on the vertical walls. This allows distributing
optimally the load on the different walls and allows
obtaining a regular distribution of the forces on the
walls. The spans of the decks are not always identic. In
order to avoid a complicated production and construction
of the decks panel with a lot of different thickness in the
same deck, and regarding to the requirement of a regular
stiffness and resistance on all the surface of the same
deck, two thicknesses of decks were defined and applied.
For the main spans up to 5.80 m the structural deck CLT
panels have a thickness of 200 mm, by 5 layers; for the
longer spans of some deck elements a thickness of 230
mm by 5 layers was defined. With these two thicknesses
of the decks all structural requirements on the decks can
be fulfilled.

Figure 4: Decks thickness for the different levels

The wall CLT-elements are interrupted at each level by
the decks. It is accepted, that at each deck level, the
stiffness of the walls as vertical load bearing element is
locally reduced. More details about the stiffness of the
connection will be discussed later on this paper. It must
be noticed, that the stiffness discontinuity of the vertical
walls by the decks is given not only for compression
forces, but for horizontal shear and for tensions forces
too. Further the stiffness discontinuity at the knot walldeck-wall is similar along the connection lines of each
level.
3.3 THE CONNECTIONS

Figure 3: The dimension of CLT decks

The decks are a part of the global, 3D-structure and they
have to assure the horizontal cross-bracing at each level
of the building. Therefore it is important to assure the
structural continuity between the CLT-panel-units
composing the deck. In other words the entire deck is a
structural, horizontal wall.

Connections in large CLT timber structures have to be
assumed as a main component of the structure. For the
structure of the towers principally two different kinds of
connections were designed and applied. The transfer of
the compression forces from the upper wall to the lower
wall is carried out by compression of the CLT deck
between the upper and lower wall.
Tension and shear forces in the connections are
generated by wind and by earthquake loads. The tension
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forces can reach high values on the edges of the walls
elements and are a main characteristic of multi-storeys
timber constructions. Shear forces show normally lower
values and are distributed along the connection lines.
Both forces are transmitted from the upper wall to the
under wall by mechanical connections; the deck are
connected to both walls, so that the shear forces from the
deck are directly transmitted in the vertical wall.
Two kinds of connections were applied. The first one is
applied on the 4 lower levels of the tower and - in a very
similar way for the timber connections - for the
anchorage of the CLT walls on the ground level to the
concrete foundation. The second kind of connection was
designed for the connections in the upper part of the
tower (form level 5 to 9). In this case the connection is
realized exclusively with self-tapping screws.
All connections were realized as connection-lines, in
order to assure a regular force flow between the CLTpanels, in order to avoid weakness-point of the structure
an in order to avoid the punctual concentration of the
forces just in some small parts of the CLT-panels. This
seems to be the only one way to fully utilize the
resistance of the CLT as structural material as
component of a big, 3-D structure. Otherwise, in case of
the application of singular connection point, a higher
stress level will be concentrated near to the connection
points and the full performance of the entire CLT will
never be reached. As discussed below, the stiffness of
the connections has a high impact on the load bearing of
the entire CLT structure. This is the second reason for
using always in the structure line connections. On this
way a regularity of the stiffness ratios in the structure
can be assured and stiffness weak-points, or stiffness
weak-parts can be avoided.
3.3.1 Connection on compression wall-deck-wall
The transfer of the compression forces from the upper
wall to the lower wall is carried out by compression of
the CLT deck between the two walls. The compression
resistance by compression perpendicular to the deck
plane - or by compression perpendicular to the grain - of
the CLT-decks gives the resistance. This is the simplest
way to transfer the force and allows an intact and regular
flow of the main forces. The usual approach to the load
transfer in timber perpendicular to the grain and their
weakness is really not a problem in this case of the CLTwall-deck-wall connection, as it can very easy verified
by calculation of the resistance of this kind of
connections. It must be considered, that the forces are
really distributed along the wall and that the contact
surfaces are very important in comparison to the forces
and to the effectives cross-section of the wall CLTpanels. The resistance and the stiffness of the CLT panel
show higher values than by glulam perpendicular to the
grain. So the contact connections and the load transfer
trough the decks perpendicular to the grain are able to
support the forces in the entire tower construction. The
local deformations on compression in the deck layer are
not to high and they can be accepted. The compression
forces are distributed along all the walls and a local

reinforcement of the decks perpendicular to the deck
plane is not necessary.

Figure 5: Compression load transfer

3.3.2 Connection type 1 for horizontal shear forces
and for the vertical tension forces in the knot
wall-deck-wall
The tension forces can reach high values on the edges of
the walls elements and are a main characteristic of multistoreys timber constructions. Shear forces show
normally lower values and are distributed along the
connection lines. Both forces are transmitted from the
upper wall to the under wall by mechanical connections;
the deck are connected to both walls, so that the shear
forces from the deck are directly transmitted in the
vertical wall.

Figure 6: Connection type 1

The first connection type is applied on the 4 lower levels
of the tower and for the anchorage of the CLT walls on
the ground level to the concrete foundation. The one part
connection consists on steel plates and dowels, the
second part on self-tapping, full threated screws. The
connection in the vertical, upper wall is made with thin
steel plates and dowels φ 7 mm, transmitting the forces
to the CLT on shear. The T-steel is connected to the
CLT-deck and directly to the lower CLT-wall with
screws. The screws are parallel to the wall plane and
inclined on +/- 30 degrees to the vertical line. The
anchorage on tension of the screws is given by contact
compression of the screw head in the steel ground plate.
For this, the holes in the steel plate have to respect
exactly the conical profile of the used screw head. The
full threated screws assure the anchorage into the lower
wall and the load transfer from and into the deck. The
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inclined screws assure the transfer of the tension forces by resolution of the vertical tension in tension in two
screws - and of the horizontal shear forces - by the
resolution of the horizontal forces in a tension force in
each second screw and in a compression force between
steel and CLT.

deck and the upper wall consists on self-tapping, full
threated screws, inclined perpendicular to the wall plane
on +/- 30 degrees to the vertical line. Vertical tension
forces are transferred by tension in the screws; horizontal
shear forces are transferred by shear in the screws.

Figure 9: Connection type 2
Figure 7: Connection type 1

The connection can be realized without any especially
preparation of the timber, excepted the central cutting for
the vertical steel plate at the foot of the upper wall. The
use of self-tapping dowel and screws avoid realizing
other pre-working on the timber and avoid high precision
pre-working on the CLT-panels. In fact the erection
demand just the correct positioning of the steel plates on
the CLT-deck. So it is possible to adjust directly during
the erection tolerances or small montage defects.
For the anchorage on the concrete foundation the same
connection with steel plate and bolts on the CLT-wall is
used. For the anchorage into the concrete vertical steel
bolts with 16 mm diameter assure the transmission of the
vertical tension and horizontal shear forces.

Figure 8: Connection type 1 at the foot point of the CLT-walls

3.3.3 Connection type 2 for horizontal shear forces
and for the vertical tension forces in the knot
wall-deck-wall
The second kind of connection was designed for the
connections in the upper part of the tower (form level 4
to 9). In this case the connection is realized exclusively
with self-tapping screws. The figure shows the principle
of this connection. The connection between the deck and
the lower wall is realized with self-tapping, full threated,
screws inclined on +/- 45 degrees and parallel to the wall
plane. This allows the transfer of vertical tension forces
by tension in both screws - of a couple of screws on +/45°; by the transfer of horizontal shear forces the same
screws becomes the same tension and compression
forces. The upper part of the connection between the

The screws are always inclined, related to the fiber
direction of each layer of the CLT panels, with an angle
of at least 30 degrees. The screws are just in some case
under shear forces; in the main cases the screws are
axially loaded. It results simple connections with high
performance and high stiffness. Further the load is
directly transmitted from CLT to CLT, without other
steel elements and without bending or shear plates.
The assembly on the building site of this connection is
very easy and allows the correction of light imprecisions.
3.3.4 Connection between two CLT-panels in the
plane
The simple connection in the plane between two CLT
panels has to assure the transfer of the shear forces in the
same plane. The used connection with crosswise selftapping, full-threated screws is showed in the figure. The
connection assures the transfer of shear forces
perpendicular to the CLT-plane for the continuity of the
decks in the plane.

Figure 10: Connection in the CLT-plane

3.3.5 Connection between two CLT-panels in the
edge
The connection in the edge between two CLT panels has
to assure the transfer of the shear forces along the
contact line of the two CLT-panels. In orders to assure a
continuously connection and to assure an high stiffness
of the connection, inclined screws were used.

4 THREE DIMEMSNIONAL CLTBEHAVIOUR OF THE STRCUTRE
AND LATERAL LOAD RESISTENCE
The concept, design and erection of timber residential
building with this dimensions is not usual. A lot of topics
are very different from the normal situation on timber
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building. The structural concept and design are an
important part of the challenge, because the normal
procedure to modelling - for example without the
modelling of stiffness of the connections - will give
wrong result.
4.1 BEHAVIOUR OF THE CONNECTIONS
The CLT panels can be defined as "big dimension
panels", but the dimensions are not very big, if compared
to the dimension of the decks and of the wall of the
towers of this project. The global, 3D CLT structure
exists only if the panel elements are correctly connected
together in orders to obtain a regular and not interrupted
flow of the forces. The application of this principle
requires not only a sufficient resistance of the
connection: by large construction and structures a
sufficient stiffness of the connection may have a higher
importance on the behavior of the global structure.
Without a sufficient stiffness in the connection the global
and correct behavior of the 3D timber structure is not
possible. It is even well known, that connections of
timber structures are not stiff, but they are subjected to
deformation and that the assumption of "stiff
connection" is generally wrong. Otherwise mechanical
connections cannot allow the continuity of the stiffness
between two different CLT panels: due to the
connections a displacement between the connected
elements will always take place. This is by normal usual, smaller and made of a reduced number of singular
structural elements and connections - timber structures
disregarded. And by usual and normal timber
constructions this is absolutely correct.

be designed for tension forces. The design forces for the
connections and for the CLT elements depend form the
stiffness of the connections. It is interesting to note, that
the anchorage tensions forces are smaller by higher
stiffness of the connections. Based on this remarks, it
seems that a stiffness requirement for the design of this
kind of structure based on a high number of CLT panel
and a higher number of connection have to be
investigated.

Figure 11: Effect of the stiffness of the connections

Especially the dynamical analysis shows the influence of
the connections stiffness. The use of punctual and
singular connections, as the most usual connections in
timber housing - with very low stiffness of the
connections - give a lower efficiency of the global
structure: in case of exigent and large CLT structures
this effect should be careful investigated.

In case of timber structures composed form more
elements and with a high number of connections and
connectors, the effect of the stiffness of the connections
may have a higher influence on the global behavior and
on the resultant forces in the CLT panels and especially
in the connections. Therefore the stiffness of the
connections has to be careful considered and
investigated by large CLT timber structures.
The 3D behavior of the entire CLT structure depends
strongly on the stiffness of the components of the
structure. The resistance of the connections a lower
influence on the forces distribution on the different CLT
elements, on the connections and especially on the
anchorage forces on the bottom of the construction. CLT
spatial structures consist on the connections of more
panels; CLT spatial structures without a sufficient
stiffness of the connections are not spatial structures.
Figure 11 shows the behavior of the building structure in
the case of stiff connections between the panels and in
the case of the effective stiffness of the timber
connection between the CLT panels. In the first case the
entire building can be considered as a monolithic
element and the support forces can be described by a
simply equilibrium equation; it is to note, that the
anchorage forces on the foundation are always negative
(compression). In the second case the distribution of the
forces on the walls are not the same; the walls have to be
considered as cantilevered elements with a moment
anchorage on the foundation and the connection have to

Figure 12: High number of connection lines

Large CLT-structures consist on a high number of CLT
panels, which have to be connected together, in order to
create a global 3D-structure with sufficient stiffness and
resistance. Scope of the connections is to assure the
necessary resistance and stiffness along the contact lines
between the single CLT panels. It results a lot of
connection lines along the edges of the CLT panels. The
efficiency and the structural performance of the entire
structure depend on the performance on stiffness of the
connection lines. Figure 12 shows schematically the high
number of connection lines of the tower structure.
4.2 MODELLING Of THE CONNECTIONS
The structural analysis of the global structure needs a
good knowledge about the stiffness of the connection
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lines. The description of the connections by their
resistance (MOR) is not sufficient. By the design of the
tower structure punctual connection were avoided and
only lines connection were used. On this way a kind of
continuously "seam connection" can assure an optimal
forces flow and a very high mechanical performance on
stiffness and on resistance. The requirement on
regularity of the structure is respected and the
concentration of the forces in a small part of the timber
CLT panels is avoided.
z

The numerical analysis of a large CLT structure is a
special and not usual task. At the first it should be used a
numerical shell model system, because it is necessary to
have a correct modeling of the wall and of the deck
behavior of each CLT-element. For this the description
of the full shell stiffness matrix is needed, including the
different deck stiffness in the two direction of the CLTplane, including different shear stiffness for deck- and
wall-effect.
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Figure 13: Modelling and numerical values of the connection
stiffness

Figure 13 shows the stiffness values for the description
and modeling of the connection. The rotation along the
connection axis was assumed as free. The stiffness of the
connection is given by the values Kser for the different
connections forces. The values of Kser for the
connections were determined with the MOE-values of
the connectors. During the numerical analysis the Kvalues was assumed as parameter for the calculation. A
variation study of the K-values has permitted to check
the effect of the stiffness values on the results and to
check the sensitivity of the structure - and, of course, of
the numerical modeling. The variation of the values of
the connection stiffness allows taking in the count the
unavoidable incertitude and possible variation of the
stiffness values for the connections.
4.3 MODELLING OF THE STRUCTURE
The analysis of the structure of the towers require a
numerical modeling of the entire CLT structure, with a
correct characterization of the CLT panels, and with a
correct modeling of the stiffness of the connections. But
as a first step of the design, a simple - and manual analysis of the load transfer allows to describe the flow
of the forces and to have a first design of the CLT
elements and of the connections.
Each vertical wall plane can be considered as composed
form more singular, vertical continuously and at the
bottom fixed beam or straps. The horizontal decks assure
the continuity of the structure and the uniform horizontal
deformation of the entire structure. This kind of first
approach will underestimate - or exactly non consider the effect of the global 3D-strcutre. But this give the
basis for a first correct and estimative design and permits
the unavoidable check of the numerical results.
With the first approach of the design of the walls and
decks CLT-Elements it is possible to define the
necessary connection type. The next step into the
modeling of the structure is the numerical modeling.

Figure 14: Stiffness values for the CLT-modelling

Common software tools for engineering are fit for the
modeling of steel or concrete structures; but in our cases
the shear stiffness of the shell elements - different for the
bending in the deck and for the sheeting function - and
the stiffness of a lot of connection have to be considered.
The use of special and very powerful software and
hardware can be recommended.
As explained before, the structure consists on CLT-panel
and on connections. And in the most of cases, the
number of connection lines is higher than the number of
CLT-panel units. The flow of the forces between the
panels is assured by the connections. An by load each
connection will be assume a deformation; or by load a
displacement between the two panels connected together
will take place. In order to output a correct distribution
of the internal forces, the stiffness of the connection have
to be included into the numerical modeling. It results that
each connection has to be defined by an elastic behavior.
This is described by the Kser-values. References values
for Kser-values are given in the most codes for dowelconnection, nail-connections and screw-connections on
shear. For axially loaded, full threated screws some
stiffness values are given by technical approval
documents. Based on the codes and the approval values,
it is possible to describe the stiffness for the different
forces on the connection. It results the model of the
connection of the figure 13.
It must be noticed, that the numerical calculation is
based on an elastic behaviour of the structural
components. Non-elastic behaviour of structural
components of a model is reserved for very specially
software and are not suitable for usual practical
application. This is principally not a problem. It has just
to be decided if by tension and compression connections
the one or the other value of Kser should be used.
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In order to consider the possible variations or
imprecisions of the stiffness values, a large variation
possibility of the stiffness values was object of the
structural analysis. But this variation was also the
possibility to check the stability or the efficiency of the
numerical modeling. At the same time the sensitivity of
the structure could be checked.
The numerical analysis of this project was carried out
with the stiffness of the connections as a parameter of
the calculation. A variation of the stiffness values in the
rage of a factor 20 (100% - 5% of the initial value) was
analyzed. On this way a large range of the variation of
the stiffness of the connections was considered. This
range covers the variation by the different connections
and allows to simplify the definition of the model,
because the high number of connections with different
composition and with different stiffness values. But this
range covers the possible incertitude by the definition of
the Kser values and their influence of the results too, or of
the real forces on the different CLT-elements and
connections.

Figure 15: Example of the results form the numerical analysis:
distribution of the compression/tension forces on the line
connections

The results form the parametric, numerical analysis of
the tower structure shows variations on the internal
forces and on the distribution of the forces on the
different parts of the structures up to 30 %. On the
horizontal displacements of the structure the variations
are just higher, up to 40%. It is to notice, that the
maximal horizontal deformation of the tower is very
smaller than the by the codes allowed horizontal
displacement.
For the verification of the MOR of the connections and
of the CLT-panel, of course the extremely and highest
values of the forces from the parametrical analysis were
applied.
4.4 OTHER DESIGN SITUATIONS
For the other design situations a description of the design
principle is given in an other paper [1].
4.4.1 Robustness
Robustness is one of the basic requirements for big
structures, especially for residential buildings. By timber

housing it is not usual to give high importance to the
robustness because the small size of the construction. By
very large building the importance of the robustness is
higher and a detailed consideration is needed. In the
Italian codes this requirement is explicit described and
demands that the design of the structure are able to avoid
important damages due to unforeseen situations. In other
words it is required to prevent progressive collapse in
case of small, exceptional and local events.
4.4.2 Earthquake
3D CLT structures can be very adequate in case of
earthquake especially if the basically rules for
earthquake engineering are respected by the geometry of
the construction. By this project each tower is a singular
building and the conditions of regularity of the structure
in the horizontal and in the vertical direction are strictly
respected.
The earthquake risk in the region around Milan is not
very high; other Italy's regions show higher earthquake
risk. But it should be regarded that earthquake is a very
delicate subject by the authorities as well as by the
people. This is the first very large timber project for
residential building in Italy.
Therefore it was decided to avoid the consideration of
the inelastic behaviour of the timber structure: the
earthquake analysis was carried out as elastic analysis. In
case of inelastic modeling and in case of the
consideration of the energy dissipation in the timber
structure, it would be necessary to describe the
deformations and the energy dissipation of the different
connections. It would be necessary to describe the
distribution of the forces on the different connections
and CLT-elements depending on the inelastic behaviour.
Furthermore it should be remembered, that the most
connections of the tower are made with axially loaded,
self-tapping screws and the assumption of a brittle
failure of this kind of connection is more than
recommended.

5 CONCLUSIONS
The structure of the 4 towers of the Via Cenni in Milan
is a pure CLT-structure, as a 3D structure composed on
more structural surfaces with small thickness and made
on CLT. The structure can be described as a box, where
the global stiffness and resistance are given from the 3dimesnional behaviour of the box. The same structure
assures the horizontal load transfer. The numerical
modelling of the structure, confirms that the stiffness of
the connections has an important effect on the internal
forces and that the vertical walls have to be considered
as more parts or slabs. It is fully wrong to consider the
entire structure as a rigid unit: from the horizontal forces
on the tower (wind or earthquake) a lot of tension forces
on connection at the foot points of the walls - and on the
intermediate connection wall-deck-wall - appears. And it
is fully wrong to consider the connections as rigid units.
A simplified modelling of the structure, in order to avoid
the expensive parametrical modelling is of course
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possible by simpler buildings. And a first approach to the
structure with the consideration that wall-slabs are not
stiff connected to a stiff frame, but they have to be
considered as more or less independent structural
elements is of course a good way to a firs estimation of
the internal forces and of the displacements.
Anyway it seems important to say, that no new
development was necessary for this building; the applied
technical solutions come from the actual knowledge and
technology on timber building an on CLT-construction.
The project and the detailed structural analysis were
accepted from the main authority for building in Italy
and finally the approval for the building of the 4 towers
was given. The conclusion is simply, that CLT-structures
- as 3D box structures composed on structural surfaces are a good way to realize multi storeys building.

Figure 16: View of the new quarter of the Via Cenni

6 REFERENCES
[1] Bernasconi A.: Four residential towers as CLT
timber construction in the city of Mialn, 2016.
Proceeding of the WCTE 2016

WCTE 2016 e-book | 3617

WCTE 2016
World Conference on
Timber Engineering

August 22-25, 2016 | Vienna, Austria

POTENTIAL FOR DESIGN OPTIMISATION OF A SIX-STOREY LIGHTFRAME WOOD BUILDING USING LINEAR DYNAMIC ANALYSIS
Jean-Philippe Tremblay-Auclair1, Alexander Salenikovich2 and Caroline Frenette3
ABSTRACT: Recently, Canadian building regulations have allowed construction of light-frame wood buildings up to
six storeys. Even though equivalent static force procedure (ESFP) is generally used for the seismic design of such
buildings, in cases of irregular structures and in high seismic zones a linear dynamic analysis (LDA) is required by the
code. However, commercial software has not yet been adapted to the dynamic analysis of this type of structures. In this
paper, a design procedure for light-frame wood shear walls using a braced frame model and LDA is proposed and the
potential for design optimisation is presented for a six-storey light-frame wood building located in Quebec City in the
Eastern Canada. Comparisons between the proposed LDA procedure and ESFP based on the shear distribution,
overturning moments, interstorey drifts and total inelastic deflections are shown. Structural advantages of using the
proposed LDA are demonstrated.
KEYWORDS: Linear dynamic analysis, seismic design, light-frame shear wall, mid-rise building, braced frame model

1 INTRODUCTION 123
1.1 CONTEXT
Multi-storey wood construction has been growing in
Canada in the last few years due to the low impact of
wood buildings on the environment. Currently, the most
common method used for seismic design of light-frame
wood structures is the equivalent static force procedure
(ESFP) of the National Building Code of Canada
(NBCC) [1]. Nonetheless, NBCC requires dynamic
analysis for structures with irregularities and for
structures in high seismic zones. Since it has been
authorized to build wood frame structures up to six
storeys all over Canada [1], linear dynamic analysis
(LDA) method of the NBCC becomes an increasingly
important tool for the seismic design. Chen et al. [2]
showed that the dynamic analysis produces a more
realistic response of multi-storey light-frame buildings
due to consideration of the effect of higher modes of
vibration on the distribution of forces and deflections. In
fact, LDA has been a common practice in seismic design
of steel and concrete structures for more than 25 years.
However, it is rarely used in design of wood frame
structures [3], because of its limited practicality for lowrise wood buildings. Furthermore, commercial software
generally is not adapted to this type of structures due to
the lack of established procedures to properly determine
the stiffness of wood-based systems. Recently, Newfield
et al. [4] presented a methodology to perform an LDA on
multi-storey light-frame wood structures using
commercial structural software where the stiffness and
1
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deflections of shear walls were determined using a
mechanics-based approach [5].
1.2 NAIL SLIP EQUATION
Annex A of CSA O86-14 [6] presents an equation to
calculate the deflection of multi-storey light-frame shear
wall. It includes storey drift due to bending, panel shear,
nail slip, and uplift. The nail slip (eq. (1)) contributes
non-linearly to the deflection.
0.013𝑣𝑠
(1)
𝑒 =
𝑑
Where 𝑒 is the nail slip, mm; 𝑣 is the shear force per
unit length of the wall, N/mm; 𝑠 is the nail spacing at
panel edges, mm; and 𝑑 is the nail diameter, mm.
This non-linear deflection introduces iterations in the
calculation of shear wall stiffness for LDA, which is
inconvenient and slows down the design process. To
simplify the calculations, a linear nail slip modulus (eq.
(2)) from Eurocode 5 [7] can be used to calculate the nail
slip (eq. (3)) [8].
𝐾
𝑒

=

,

𝜌

=

.

𝑑
30

𝑉
𝐾

.

(2)
(3)

Where 𝐾
is the nail slip modulus, N/mm; 𝜌 is the
mean density of wood elements, kg/m3; 𝑑 is the nail
diameter, mm; 𝑒 , is the nail slip, mm; 𝑉 is the shear
force per nail, N.
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1.3 EQUIVALENT STATIC FORCE
PROCEDURE (ESFP)
The ESFP provides static forces to approximate the
seismic behaviour of a structural system to simplify the
calculation of its non-linear deflection. Nevertheless,
during the development of the ESFP for the NBCC 2005
[9], Humar and Rahgozar [10] identified some important
concerns with regards to shear walls in multi-storey
buildings. The first problem is related to the shear force
distribution in the shear walls along the height of the
building where shear forces are more dominant at the top
and bottom storeys because of the higher mode effect,
which cannot be directly accounted for in the ESFP. An
𝐹 factor is used to take this effect into account and to
increase the shear force at the roof level. However,
Humar and Rahgozar [10] have demonstrated that the
ESFP can still potentially underestimate the shear force
by 5 to 10% at the top storeys. It is particularly important
in the Eastern Canada where the higher mode effect is
more significant due to earthquakes rich in high
frequencies. The second problem is related to the
overturning moment distribution. According to Humar
and Rahgozar [10], the overturning moment is
significantly overestimated in the ESFP for multi-storey
shear walls located in the Eastern Canada. The
overturning moment is calculated using the shear force
calibrated with 𝐹 and 𝑀 factors to consider the effect
of higher modes. Then, 𝐽 factor is used to reduce the
overturning moment in the lower storeys.
1.4 LINEAR DYNAMIC ANALYSIS (LDA)
Two types of LDA can be performed: time history
analysis and modal analysis. Time history analysis
allows obtaining the complete information on behaviour
of a structure during specific earthquakes. However, this
type of analysis being complex and time consuming is
rarely used in the design practice nowadays. Modal
analysis is much easier to use. In this method, several
natural vibration modes of a structure are determined and
juxtaposed in order to obtain the maximum forces and
displacements using the uniform hazard spectra (UHS).
Furthermore, the modal analysis allows designers to
analyse in detail the dynamic behaviour of the structure
by observing the period, shape and contribution of each
individual mode. Therefore, it allows the use of a limited
number of modes to design the structure instead of
calculating the entire time history response to multiple
earthquakes. To determine the number of modes to be
used in the analysis of each orthogonal direction of a
structure, a common rule is to obtain at least 90% of
mass participation in both directions ([3],[11]).
In comparison with the ESFP, the LDA procedure for
multi-storey buildings has the advantage of considering
more precisely the effect of higher modes on the
behaviour of the structure and therefore better estimates
shear forces, overturning moments, inter-storey drifts
and total inelastic deflections of shear walls.
Furthermore, the NBCC [12] allows analysing structures
with and without irregularities and reduce the accidental
torsion for building not sensitive to torsion.

Newfield et al. [4] have made a progress by introducing
LDA into the seismic design of multi-storey light-frame
wood structures. However, their method uses an iterative
process that requires to manually update the stiffness
properties of each wall at each step, which is a time
consuming procedure, especially in the design of a
whole building.
1.5 FINITE ELEMENT (FE) MODELS
In their LDA procedure, Newfield et al. [4] model shear
walls as cantilever beam elements. For the FE analysis of
a complete building, such model may not be appropriate
for structures with semi-rigid diaphragms. Since the
beam elements cannot represent the two ends of the wall
attached to the diaphragm, the force distribution and the
building behaviour may not be estimated accurately.
Also, in commercial software, it is often not possible to
modify the shear modulus without modifying the
Young’s modulus. To solve this problem, we propose to
model shear walls using a braced frame composed of
truss elements.
1.6 OBJECTIVE
The objective of our research is to modify the LDA
methodology proposed by Newfield et al. [4] by using a
linear nail slip equation and a braced frame shear wall
FE model instead of a cantilever beam. In this paper, we
present the comparison of shear forces, overturning
moments, interstorey drifts and total inelastic deflections
between the simplified LDA and the ESFP for a sixstorey light-frame wood building located in Quebec City
in the Eastern Canada. Finally, the structural advantages
of using the proposed LDA procedure for the design of
mid-rise light-frame wood buildings are presented.

2 PROPOSED MODIFICATIONS
2.1 EQUIVALENT SHEAR MODULUS
Newfield et al. [4] have proposed an LDA procedure for
a mid-rise building where light-frame shear walls are
transformed into a series of vertical beam elements of
regular cross-section with equivalent properties at each
storey (Figure 1a). This procedure requires an iterative
adjustment of the stiffness of each element representing
the shear walls to account for the non-linear nail slip (𝑒 )
(eq. (1)). To eliminate the iteration, we propose using the
Eurocode 5 [7] nail slip modulus (eq. (2)) to calculate a
linear nail slip (𝑒 , ), as shown in eq. (3), and use it in
eq. (4) to determine the equivalent shear modulus of the
shear wall.
𝐺 =

𝑡

1.2
𝑒
∗𝑠
1
+ 0.0025 ,
𝑉
𝐵

(4)

Where 𝐺 is the equivalent shear modulus of the shear
wall, N/mm2; 𝑡 is the equivalent thickness of the wall,
mm; 𝐵 is the shear-through-thickness rigidity of the
structural panel, N/mm; 𝑒 , is the linear nail slip, mm;
and 𝑠 is the nail spacing at panel edges, mm.
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The proposed modification has been validated via
analysis of multi-storey shear walls with various aspect
ratios by Tremblay-Auclair et al. [8]. Since the proposed
LDA provides similar results than the iterative LDA
procedure of Newfield et al. [4] for individual shear
walls, LDA results are considered a better estimation of
the building behaviour, compared to ESFP results.
2.2 BRACED FRAME MODEL

activity. The response spectrum for the soil category D
in Quebec City is presented in Figure 2. The plan and
elevation of the studied building are shown in Figure 3.
The height of the first storey is 2.870 m, the top storey is
3.466 m and all intermediate storeys are 2.908 m high
for a total building height of 17.97 m. The length of
shear walls varies from 3.0 m to 8.6 m in the NorthSouth direction and from 3.4 m to 10.4 m in the EastWest direction (Figure 4).

The proposed braced frame FE model is presented in

Figure 1b. All members of the frame are represented by

𝐴
𝐼
𝐴

,

,

2𝐼
=
𝐿

,

𝐼 𝐸
=
𝐸

=

,

0.5

𝐿𝑡 𝐺 𝐿
2.4𝐻𝐸 cos 𝜃

0.3

0.2025

0.2

0.0702

0.1

(6)
(7)

0.432

0.4

0
,

0.649

0.6

(5)

Where 𝐴 , and 𝐴 , are, respectively, the equivalent
section areas of vertical and diagonal brace elements,
mm2; 𝐼 , is the equivalent inertia of vertical element,
mm4; 𝐿 is the length of the wall, mm; 𝐼 is the
transformed inertia of the wall, mm4; 𝐸 ,
is the
equivalent Young’s modulus in compression of the wall,
MPa; 𝐸 is the Young’s modulus of the studs, MPa; 𝐿
is the length of diagonal brace, mm; 𝐻 is the height of
the wall, mm; and 𝜃 is the angle of diagonal brace, deg.

a)

0.7

S (g)

truss elements. The horizontal element has an infinite
axial rigidity to ensure that the verticals move together.
The frame represents the real length and height of the
wall with the equivalent properties approximating the
shear wall performance using the following equations:

0

0.5

1

1.5

2

2.5

0.0351
3

3.5

4

Period (s)
Figure 2: Response spectrum for soil category D in Quebec
City

a)

b)

b)

Figure 3: Six-storey light-frame wood building: a) plan,
b) elevation.

Figure 1: Shear wall models: a) beam element and b) braced
frame element

3 CASE STUDY
3.1 DESCRIPTION OF THE SIX-STOREY
LIGHT-FRAME WOOD BUILDING
To demonstrate the potential design optimisation when
using the proposed modifications in the LDA, a sixstorey light-frame wood building analysed by Chaurette
et al. [13][14] was chosen. This building is located in
Quebec City, Canada, a region with a moderate seismic

Figure 4: Shear wall configurations in North-South (green)
and East-West (orange) directions.

The shear walls have been designed by Chaurette et al.
[13][14] based on the forces obtained with the ESFP. In
all walls, the studs are 38×140 mm (2×6 in.) SprucePine-Fir #1/2 and MSR 2100fb-1.8E lumber spaced at
400 mm (16 in.) c/c, and continuous steel rods are used
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as overturning restraint. Blocked sheathing is OSB
1R24/2F16 and 2R32/2F16 rated panels conform to CSA
O325 [15] attached with power-driven nails of 3.05 mm
(0.120 in.) and 3.33 mm (0.131 in.) in diameter and
63.5 mm (2.5 in.) and 76.2 mm (3.0 in.) in length,
respectively.
To estimate the design base shear, the fundamental
period (𝑇 ) of the building was calculated according to
the empirical formula (𝑇 ) of clause 4.1.8.11 of NBCC
2010 [12]. As shown in eq. (8), this value was doubled,
as permitted by the code, because the 𝑇 obtained with
an eigenvector analysis of the building in ETABS [16]
was 1.63 s in East-West and 1.35 s in North-South,
which is more than twice the 𝑇 .
𝑇 = 2×𝑇
= 2 × 0.05 𝐻 .
𝑇 = 2 × 0.05 17.97 . = 0.873 𝑠

in the diaphragm, N/mm; 𝑙 is the dimension of the
diaphragm perpendicular to the direction of load, mm; 𝐸
is the Young’s modulus of the chord, MPa; 𝐴 is the
cross-sectional area of the chord, mm2; 𝐿 is the
dimension of diaphragm parallel to direction of load,
∆ 𝑥 is the sum of individual chord-splice slip
mm;
values, ∆ , on both sides of the diaphragm, each
multiplied by its distance 𝑥 to the nearest support, mm2.

(8)

Where 𝐻 is the height of the building, m.
The design base shear for the ESFP was calculated using
clause 4.1.8.11 of NBCC 2010 [12] and adjusted by a
factor of 1.2 as required by NBCC 2015 [1] to reduce the
risk of soft-storey effect in combustible construction.
After the adjustment, the design base shear was 1059 kN
in each orthogonal direction. The lateral loads due to
wind were checked for the ultimate and serviceability
limit states; however, the seismic load controlled the
design of all shear walls.
3.2 BUILDING FINITE ELEMENT MODEL
Figure 5 presents the FE model of the six-storey lightframe wood structure used to perform the LDA. Only the
shear walls contributing to the lateral resistance were
considered in the model. Indeed, the exterior walls with
large openings do not contribute to the lateral resistance
of the building. In this study, the contribution of nonstructural components and gypsum sheathing has not
been considered in accordance with CSA O86 [6] and
with the analysis performed by Chaurette et al. [13][14].

The shear walls are modelled using the braced frame
model presented in section 2.2. The diaphragm is
modelled with an isotropic membrane element. To model
the behaviour of the diaphragm, an equivalent shear
modulus is calculated using eq. (9) and (10) based on the
CSA O86-14 [6] clause 11.7.2 equation for diaphragm
deflection. Based on these calculations, the diaphragm is
considered semi-rigid.
𝐵

,

=

1
1 0.002456𝑒
+
𝑣
𝐵

𝐺

,

=

+

𝐵,
𝑡

2 ∆ 𝑥
0.2083𝑙
+
𝐸𝐴𝐿
𝑣𝑙𝐿

(9)

(10)

Where 𝐵 , is the equivalent shear-through-thickness
rigidity of the diaphragm, N/mm; 𝐵 is the shearthrough-thickness rigidity of the sheating, N/mm; 𝑒 ,
is the linear nail slip, mm; 𝑣 is the maximum unit shear

Figure 5: FE model of the six-storey structure

Contrary to the LDA FE model, the equivalent properties
for the ESFP FE model were calculated using the nonlinear nail slip equation (𝑒 , eq. (1)) of the CSA O86-14
[6] to match the ESFP analysis performed by Chaurette
et al. [13][14], which represents the current practice. The
differences in the nail slip between the two models make
the shear walls in the ESFP FE model stiffer than in the
LDA FE model.
3.3 POTENTIAL FOR DESIGN OPTIMISATION
In this project, we did not perform a design optimisation
of the studied structure. The optimisation depends on the
designer, the contractor and on the possibility of
prefabrication. The differences between the results
obtained with the LDA and the ESFP are rather
presented as a potential for design optimisation.

4 RESULTS AND DISCUSSION
4.1 PERIODS
Figure 6 presents the fundamental period in both EastWest and North-South direction, respectively 1.63 s and
1.35 s. Also, the second vibration mode in the NorthSouth direction is shown because it is close to the
fundamental period. The closeness between the first two
modes is a very important parameter of this comparison
between the ESFP and the LDA. Indeed, the ESFP is
only based on the first mode of vibration in each
direction and takes into account the higher modes using
the factors presented in section 1.3.
In the East-West direction, the vibration mode is simply
a lateral mode. In the North-South direction, the two first
modes are torsional modes in both positive and negative
rotations around the Z-axis.
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Figure 7 presents the modal participating mass ratio for

In the East-West direction, the contribution of the higher
modes represents 20% of the mass participation. On the
other hand, in the North-South direction, the first two
modes are practically the same and the contribution of
the fifth mode is not negligible. In this direction, the
contribution of the higher modes is greater than the
contribution of the fundamental mode. The higher modes
account for more than 50%.
Modal participating mass ratio

the seven modes considered in the analysis. Only two
modes in East-West direction and five modes in NorthSouth direction have been necessary to achieve the 90%
of mass participating ([3],[11]).

1
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a) East-West direction (1.63 s, Mode 1)

Figure 7: Modal participating mass ratio for each mode
considered in each direction

4.2 SHEAR FORCES

b) North-South direction (1.35 s, Mode 1)

c) North-South direction (1.28 s, Mode 2)

Figure 6: Fundamental vibration modes in East-West and
North-South direction

Figure 8 presents the differences in the shear forces at
each level between the LDA and the ESFP. The bars
represent the mean differences in each direction and the
tick marks indicate the range, i.e. the minimum and the
maximum differences. Positive values represent the
cases where the LDA shear forces are greater in
comparison with the ESFP.
At the first level, the differences are small due to the fact
that the base shear of the building obtained with the
LDA is adjusted to the value calculated with the ESFP
[12].
At level 2, 3 and 4 in the East-West direction, the LDA
shear forces are generally less than ESFP shear forces
with a difference not more than 20%. However, in the
North-South direction, the mean negative difference at
these levels is around -25% and the greatest differences
are around -35%. These are important enough to
consider design optimisation.
One of the most critical observations is that the ESFP
forces at the top level in the East-West direction are
underestimated between 13% and 26% with the mean
value of 22%, which is more than twice the estimations
reported by Humar and Ragozhar [10]. In the NorthSouth direction, the differences in the forces at the top
level vary between -7% and 22%, with the mean value of
10%. The high variation of these differences can be
explained by the torsional behaviour of the structure in
this direction. These important differences are due to the
effect of higher modes that are not well captured by the
ESFP and also because the two first modes are so close.
Since there are more and more six-storey light-frame
wood buildings being designed and constructed in
Quebec Province, this finding should warrant the
attention of designers and code writing committees.
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Figure 8: Shear forces

Difference between LDA vs ESFP
Figure 10: Inter-storey drift

4.3 OVERTURNING MOMENTS

4.5 TOTAL INELASTIC DEFLECTION

Figure 9 presents the differences in the overturning
moments at each level between the LDA and the ESFP
similarly to Figure 8. The differences observed in both
directions are similar to those obtained for the shear
forces, except for the base of the structure where the
moments in the North-South direction are up to 28% less
when using LDA[10]. Therefore, using LDA, the
designer could optimize the hold-down hardware. In this
case, the amount of hold-downs could be reduced up to
30% in the first four storeys in the North-South direction
and increased by 10% to 25% in the upper two storeys in
the East-West direction.

Figure 11 presents the differences in the total inelastic

5

Level

6
5

Level

6

4
3

East-Weast

2

North-South

1
-40%

deflection at each level between the LDA and the ESFP
similarly to Figure 8. In both directions, the differences
between the two methods accumulate at each level
starting from the base. These results show an interesting
potential for optimisation of shear wall configurations
using the LDA considering the inter-storey drift and the
total inelastic deflection.
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Difference between LDA vs ESFP
Figure 9: Overturning moments

4.4 INTER-STOREY DRIFT
Figure 10 presents the differences in the inter-storey drift
between the LDA and the ESFP similarly to Figure 8. As
can be expected, the deflections determined with LDA
where, on the average, 15% to 28% less than with ESFP
in both directions. The variation is greater in the NorthSouth direction due to the combination of the first two
modes that are not accounted for adequately by the
ESFP. At the base, a positive difference is observed for
the walls due to less stiff walls in the LDA FE model
than in the ESFP FE model as explained in section 3.2.
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Difference between LDA vs ESFP
Figure 11: Total inelastic deflection
Figure 12 presents the total inelastic deflections of shear
walls at each level in the North-South direction as a
function of their distance from the East end of the
building with and without accidental torsion. ESFP
deflections are due to the fundamental mode, while LDA
deflections show the maximum values corresponding to
the contribution of each mode. As can be seen in Figure
12a, the two dominant modes in the North-South
direction lead to two deflections that provide maximum
values at both ends of the building, but not at the same
time. These results show a torsional behaviour dictated
by the mode shapes of the structure and captured only by
the LDA, leading to an overestimation of the deflections
by the ESFP, except for the left end of the building
where they are underestimated.
The same observation can be made for the Figure 12b and
c with the addition of the accidental torsion. For ESFP,
the accidental torsion is calculated as ±0.1𝐷 ×𝐹 ,
where 𝐷 is the dimension of the building perpendicular
to the direction of the force, 𝐹 , at each level in the
North-South direction. For the LDA, the NBCC [12]
allowed using ±0.05𝐷 ×𝐹 for buildings not sensitive
to torsion, which is the case of this building.

Total inelastic deflection (mm)
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b) Total inelastic deflection in North-South direction with positive accidental torsion
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Figure 12: Total inelastic deflection in North-South direction for ESFP and LDA
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5 CONCLUSION
This paper presents the advantages of using the LDA and
the potential for optimisation for a six-storey light-frame
wood building located in Quebec City in the Eastern
Canada. It has been proposed to modify the LDA design
procedure by using a linear nail slip equation and a
braced frame shear wall model instead of a cantilever
beam. Comparisons of the shear forces, overturning
moments, interstorey drifts and total inelastic deflections
between the proposed LDA and the ESFP are presented
and discussed. It has been demonstrated that the
proposed LDA procedure can be used to optimise the
design of mid-rise light-frame wood building in
comparison to the ESFP that is currently used for design
of such structures.

ACKNOWLEDGEMENT

This research was sponsored by Fonds de recherche du
Québec – Nature et technologies (FRQNT), Canadian
Natural Sciences and Engineering Research Council
(NSERC) industrial research chair on ecoresponsible
construction in wood (CIRCERB) and the Renewable
Materials Research Centre (CRMR) at Université Laval.

REFERENCES

[1] NRCC. National Building Code of Canada 2015.
National Research Council of Canada, Ottawa,
2015.
[2] Chen Z., Chui Y. H., Doudak G., Chun N. and
Mohammad M. Simulation of the lateral drift of
multi- storey light wood frame buildings based on a
modified macro-element model. In Proc. 13th WCTE
2014, Quebec City, Canada, 2014.
[3] Karacabeyli E. and Lum C. Technical guide for
design and construction of tall wood buildings in
Canada. Special Publication (SP-55E), PointeClaire, Québec, FPInnovations, Canada, 2014.
[4] Newfield G., Ni C. and Wang J. Design of wood
frame podium structures using linear dynamic
analysis. In Proc. 13th WCTE 2014, Quebec City,
Canada, 2014.
[5] Newfield G., Ni C. and Wang J. A mechanics-based
approach for determining deflections of stacked
multi-storey wood-based shear walls. Technical
report, FPInnovations and Canadian Wood Council,
2013.
[6] CSA Group. CSA O86-14 Engineering Design in
Wood. CSA Group, Mississauga, Canada, 2014.
[7] CEN. Eurocode 5 – Design of timber structures-Part
1-1: General – Common rules and rules for design
of buildings. EN 1995-1-1:2004/A1:2008. 2008
[8] Tremblay-Auclair, J.P., Salenikovich, A., and
Frenette, C. Simplified design procedure for linear
dynamic analysis of multi-storey light-frame wood
buildings in Canada. INTER 2016 in Graz, Austria.
2016.
[9] NRCC. National Building Code of Canada 2005.
National Research Council of Canada, Ottawa,
2005.

[10] Humar, J. and Rahgozar, M. Application of uniform
hazard spectra in seismic design of multistorey
buildings. Canadian Journal of Civil Engineering,
27(3):563–580, 2000.
[11] Filiatrault, A., Tremblay, R., Christopoulos, C.,
Folz, B. and Pettinga D. Elements of earthquake
engineering and structural dynamics. Presse
internationales Polytechnique, Canada, third edition.
[12] NRCC. National Building Code of Canada 2010.
National Research Council of Canada, Ottawa,
2010.
[13] Chaurette F., Frenette C., Lajoie K., Lamothe C. and
Poliquin L. Design of a 6-storey light-frame timber
building in Quebec City. In Proc. 13th WCTE 2014,
Quebec City, Canada, 2014.
[14] Chaurette F., Lajoie K. and Frenette C. Guide
technique sur la conception de bâtiments de 5 ou 6
étages à ossature légère en bois. cecobois, Québec,
Canada, 2015.
[15] CSA Group. CSA O325-7 (R2012) Construction
Sheathing. CSA Group, Mississauga, Canada, 2012.
[16] CSI. ETABS User’s Guide. Computers and
Structures, Inc. Berkeley, California, USA, 2005.

WCTE 2016 e-book | 3625

TALL TIMBER BUILDINGS – A PRELIMINARY STUDY OF WINDINDUCED VIBRATIONS OF A 22-STOREY BUILDING
Marie Johansson1, Andreas Linderholt2, Kirsi Jarnerö3, Pierre Landel4,
ABSTRACT: During the last years the interest in multi-storey timber buildings has increased and several medium-tohigh-rise buildings with light-weight timber structures have been designed and built. Examples of such are the 8-storey
building “Limnologen” in Växjö, Sweden, the 9-storey “Stadthouse” in London, UK and the 14-storey building “Treet”
in Bergen, Norway. The structures are all light-weight and flexible timber structures which raise questions regarding
wind induced vibrations.
This paper will present a finite element-model of a 22 storey building with a glulam-CLT structure. The model will be
used to study the effect of different structural properties such as damping, mass and stiffness on the peak acceleration
and will be compared to the ISO 10137 vibration criteria for human comfort. The results show that it is crucial to take
wind-induced vibrations into account in the design of tall timber buildings.
KEYWORDS: Deflection, dynamic properties, stabilisation, sway, wind loads

1 INTRODUCTION 123
1.1 Background
During the last decades the interest in multi-storey
timber buildings has increased. This is due to reasons
such as development of performance based codes but
also increased interest in sustainability. The CO2
emissions could be reduced by 40% if building with
timber instead of concrete [1]. The increasing population
and ongoing urbanisation are going to increase the need
for creating cities with higher population densities. This
will lead to an increased need for tall buildings that make
the best use of limited space. The environmental
potential of high-rise buildings lies in a more efficient
use of resources.
By adding these elements together the use of tall
buildings with timber structures would be an opportunity
and provide for ecological, sustainable high and dense
developments in urban regions with housing shortage.
Timber has the benefit of having a high strength-toweight ratio compared to other building materials which
in many cases is beneficial. However, for the case with
1
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medium-to-high-rise buildings this might pose a
challenge since the dynamic properties of the building
will be quite different from a high-rise building with a
load-bearing structure in steel or concrete [2].
High-rise buildings consisting of a timber structure are
therefore the subject of a research project named “Tall
Timber Buildings – Concept Studies” lead by SP
Technical Research institute of Sweden together with
Linnaeus University during the period 2015-2018.
1.2 Research project “Tall Timber Buildings Concept Studies”
The aim of the “Tall Timber Buildings – Concept
Studies” is to develop feasible concepts for planning and
designing 22 storey high timber buildings according to
present regulations and during the process identify issues
that need more research. The specific objectives of the
project besides the issues in serviceability limit state
related to wind actions as presented in the present paper
are also to study stability, static vertical deformations,
load transfer through the building to the ground and
connection detailing regarding strength, stiffness and
continuity with respect to both dynamic and static
loading. The objective is also to develop calculation
tools and models for tall timber buildings suitable for
structural engineers and tools for analytical fire design.
The difference between high rise and low rise timber
buildings with regard to life cycle assessment will also
be studied. The aim is to increase the number of
practicing architects and designers with experience of
designing tall timber buildings and to increase the
knowledge of designing tall timber buildings also among
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actors not participating in the project. Another important
aim is to develop existing timber building systems and
find new ideas and solutions that are applicable also on
lower buildings. The timber building systems involved
are KLH Sweden with CLT plates, Moelven Töreboda
with glulam columns and beams in combination with
floor elements built up from LVL and Masonite Beams
with a system consisting of planar elements built up
from I-joists. The architectural design of the concept
buildings are made by White architects and by Berg|CF
Möller architects in co-operation with the property
developers/owners VKAB and HSB and the structural
designers Bjerking and BTB that will design one of the
concept buildings each. The two fire design consultants
Briab and Brandskyddslaget as well as acoustic
engineers from WSP on the other hand will follow both
projects in parallel. Researchers from Linnaeus
University and from SP Technical Research Institute will
support the project teams with in-depth studies, detailed
calculations and testing.
1.3 Aim and objectives
This paper will present the first results from the project
“Tall Timber Buildings – Concept studies”.
The paper will give a review of the requirements on
vibrations in buildings and address which parameters are
important for the design of tall buildings. The paper will
also present a preliminary finite element (FE)-model of a
22 storey building with a structure consisting of a core of
CLT elements and an outer beam-column structure of
glulam. The model will be used to estimate resonance
frequencies, stiffness and mode shapes. These data will
be used to calculate acceleration levels at the top floor
when the structure is subjected to wind loads according
to Eurocode 1 [3].
The model will be used in the Tall Timber Building
project as a base for studying the effect of changing
stiffness, mass and damping on the acceleration levels of
the structure.
The FE-model will naturally also be used to study the
performance of the building in the ultimate limit state.

2 REQUIREMENTS FOR TALL
TIMBER BUILDINGS
2.1 General requirements
All building systems are designed to withstand both
vertical gravity loads and horizontal loads due to wind.
The main focus when designing a building has always
been the safety aspect calculated based on the maximum
loads expected to occur once every 50 years. The interest
in the serviceability limit state has been attracting more
focus in the last decades. In the horizontal directions
there are limitations both for the static deformation but
also for vibrations/accelerations. For the horizontal
deformation a maximum value of h/500 is set in the
German DIN standard. Even more important for
especially tall buildings is the sway due to wind loads.

The comfort performance of a building during wind
loading is an important building design issue. The
occupants’ perception and tolerance of wind-induced
vibrations is a subjective assessment and presently there
is no single internationally accepted occupant comfort
criteria to set levels for satisfactory vibrations in tall
buildings subjected to wind loading. The requirements
that are set in the international standards are normally
based on acceleration levels where people start to notice
and comment on the motion.
There are three different international standards that deal
with horizontal vibrations in buildings and the human
perception of vibrations. There are two older ISO
standards, ISO 6897 [4] that cover the range from 0.063
Hz to 1Hz and ISO 2631-2 [5] that cover the range 1 Hz
to 80 Hz. These two are in agreement with each other
and use the Root Mean Square (RMS) value for the
acceleration due to a maximum wind velocity with a
return period of five years. ISO 10137 [6] covers the
range from 0.063 Hz to 5 Hz and uses the peak
acceleration calculated for a wind velocity with a return
period of one year. This is the standard referred to in
Eurocode 1 [3]. These two sets of standards will yield
slightly different acceptance levels for the same building.
The Swedish National Annex [7] to the Eurocode 1
states that ISO 6897 is recommended for calculation of
the effect of wind loads. In this paper, calculations
according to ISO10137 and the general requirements in
Eurocode 1 [7] are used.
In this paper the main issue for the studied building is
the sway and vibrations, therefore the horizontal effects
from the wind load are the most important phenomenon
to study.
2.2 Structural dynamics of tall buildings
A tall building is in most cases considered as a line-like
vibrating object, and its structure may be represented as
a vertical cantilever beam, fixed at the foundation and
free at the top. The global dynamics of a multi-story
building can sometimes, in a simplified manner, be
analyzed by approximating the building to be a uniform
cantilever beam, with a neglected axial load, and having
the height h. According to the well-known EulerBernoulli beam theory, the homogeneous part of the
governing equation of motion is
𝐸𝐸𝐸 ∙

𝑑 4 𝑤𝑤
𝑑 2 𝑤𝑤
+
𝜌𝜌𝜌
∙
=0
𝑑𝑧 4
𝑑𝑡 2

(1)

in which 𝜌𝜌, 𝜌 and 𝐸𝐸𝐸 constitute the density, cross
sectional area and bending stiffness respectively. The
general solution to this equation is
𝑤𝑤(𝑧) = 𝑀 ∙ cosh(𝛽 ∙ 𝑧) + 𝑁
∙ sinh(𝛽 ∙ 𝑧) + 𝑂
∙ cos(𝛽 ∙ 𝑧) + 𝑃 ∙ sin(𝛽 ∙ 𝑧)

(2)
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4
in which 𝛽 = �𝜌𝜌𝜌𝜔 2 ⁄𝐸𝐸𝐸 and 𝑀, 𝑁, 𝑂 and 𝑃 are
constants. When the boundary conditions for a cantilever
beam

𝑤𝑤(0) = 𝑤𝑤 ′ (0) = 𝑤𝑤 ′′ (ℎ) = 𝑤𝑤 ′′′ (ℎ) = 0

(3)

are applied, nontrivial solutions require that
cosh(𝛽 ∙ ℎ) ∙ cos(𝛽 ∙ ℎ) + 1 = 0

(4)

which has to be solved numerically. The first solution is
𝛽ℎ = 1.875. The associated, first bending, mode then
has the mode shape
𝜓(𝑧) = 𝑀�(sin 𝛽ℎ − sinh 𝛽ℎ)(sin 𝛽𝑧 − sinh 𝛽𝑧)
+ (cos 𝛽ℎ − cosh 𝛽ℎ)(cos 𝛽𝑧
− cosh 𝛽𝑧)�

(5)

which is valid for 0 ≤ 𝑧 ≤ ℎ. Assuming that only the
first bending mode contributes to the displacement and
making the substitute
𝑤𝑤(𝑧, 𝑡) = 𝜓(𝑧) ∙ 𝜂(𝑡)

(6)

the modal mass (𝑚
�), modal stiffness (𝑘𝑘�) and modal load
𝑒𝑒� can be calculated as:
ℎ

𝑚
� = 𝜌𝜌 � 𝜓(𝑧) ∙ 𝜓(𝑧)𝑑𝑧
0

ℎ

𝑘𝑘� = 𝐸𝐸𝐸 � 𝜓′′(𝑧) ∙ 𝜓′′(𝑧)𝑑𝑧

(7)

(8)

0

ℎ

𝑒𝑒� = � 𝑃(𝑧) ∙ 𝜓(𝑧)𝑑𝑧
0

(9)

In which 𝑃(𝑧) is the distributed wind load. The
continuous problem has then been re-placed with a
discrete single-degree-of-freedom system, depicted in
Fig. 1.
𝑚
� 𝜂̈ (𝑡) + 𝑘𝑘� 𝜂(𝑡) = 𝑒𝑒�(𝑡)

(10)

in which 𝑐𝑐̃ is the modal damping. In the codes used for
calculation of responses due to wind loads, simplified
expressions for the mode shapes are often used.
The expression shows that the important parameters that
have an effect on the relationship between deflection,
velocity, acceleration and the wind load are the mass,
damping and stiffness.
2.3 Wind load
Wind loads vary greatly in speed, force and direction
over time and its effect on buildings are complex and
heterogeneous. To simplify this in codes, the wind is
seen as a quasi-static load for buildings with high
stiffness and damping. For high slender structures also
the gust effect is included as a turbulence factor added to
the quasi-static wind load. The effect of the wind on a
single building will be affected by the terrain around it as
well as the shape and height of the building.
In Europe, wind loads are defined in Eurocode 1, Part 14 [3]. There, the fundamental basic wind velocity 𝑣𝑏 is
defined by the 10-minute mean wind speed, at a height
of 10 meter above ground, that is exceeded once every
50 year. The wind velocity for shorter times 𝑣𝑏𝜕𝜕 (in this
case T years) can then be calculated,
1
𝑣𝑏𝜕𝜕 = 𝑣𝑏 ∙ 0.75 ∙ �1 − 0.2 ∙ 𝑙𝑙 �−𝑙𝑙 �1 − ��
𝑇𝑇

(12)

The wind velocity in the vicinity of a structure is
dependent on the local terrain around the structure and is
varying with the height z above ground. According to
Eurocode 1-4 [3] the mean wind velocity 𝑣𝑚𝜕𝜕 (𝑧) at the
height z next to a structure can be expressed as,
𝑧
𝑣𝑚𝜕𝜕 (𝑧) = 𝑐𝑐0 (𝑧) ∙ 𝑘𝑘𝑟 ∙ 𝑙𝑙 � � ∙ 𝑣𝑏𝜕𝜕
𝑧0

(13)

The first term 𝑐𝑐𝑜 (𝑧) is an orography factor (set to 1.0 in
normal cases) and the second term 𝑘𝑘𝑟 is a terrain
roughness factor.
𝑘𝑘𝑟 = 0.19 ∙ �

𝑧0
�
𝑧0,𝐼𝐼

0.07

(14)

The term 𝑧0 is the roughness length that varies between
terrains; the term 𝑧0,𝐼𝐼 is a reference terrain roughness
length. The mean wind pressure 𝑞𝑚 (𝑧) can then be
calculated using,
𝑞𝑚 (𝑧) =
Figure 1. A single-degree-of-freedom system representing the
building when one assumed mode is used.

When damping is added the governing equation of
motion becomes
𝑚
�𝜂̈ (𝑡) + 𝑐𝑐̃ 𝜂̇(𝑡) + 𝑘𝑘� 𝜂(𝑡) = 𝑒𝑒�(𝑡)

(11)

1
∙ 𝜌𝜌 ∙ 𝑣𝑚𝜕𝜕 (𝑧)2
2

(15)

where ρ is the air density (normally set to 1.25 kg/m3).
For high and flexible buildings it is, however, necessary
to take also the dynamic effects of the wind load into
account. This is done by including a turbulence intensity
factor Iv(z), defined as the standard deviation of the
turbulence divided by the mean velocity as,
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𝐸𝑒𝑒 (𝑧) =

𝜎𝑒𝑒
𝑣𝑚𝜕𝜕 (𝑧)

(16)

where 𝜎𝑒𝑒 is the standard deviation of the turbulence and
𝑣𝑚𝜕𝜕 (𝑧) is the mean wind velocity. The standard
deviation of the turbulence is calculated as the basic
wind velocity times the terrain roughness factor 𝑘𝑘𝑟 .
The response of the structure due to the turbulence
intensity can be divided into two parts; the background
response (𝐵𝑟 ) and the resonance response (𝑅𝑅𝑟 ). The
background response is due to the quasi-static part of the
wind load while the resonance response is due to the
dynamic properties of the building and the dynamic part
of the wind load. Eurocode 1-4, annex B gives the
following expression for calculating the Root Mean
Square (RMS) value for the acceleration, 𝜎𝑒𝑒 (𝑧):

𝜎𝑒𝑒 (𝑧) =

𝑐𝑐𝑓 𝜌𝜌𝐵𝐸𝑒𝑒 (𝑧𝑠 )𝑣𝑚𝜕𝜕 (𝑧𝑠 )
𝑅𝑅𝑟 𝐾𝜕𝜕 𝛷1 (𝑧)
𝑚𝑒𝑒

(17)

Where 𝑐𝑐𝑓 is the shape factor for force, b the width of the
building, 𝑚𝑒𝑒 is the equivalent (modal) mass, 𝐾𝜕𝜕 a
dimensionless variable and 𝛷1 (𝑧) the mode shape
associated with the first resonance frequency. From this,
the horizontal peak acceleration of the structure 𝑎(𝑧) can
be written as,
𝑎(𝑧) = 𝑘𝑘𝑝𝑝 ∙ 𝜎𝑒𝑒 (𝑧)

structure with a concrete core and CLT-element in the
outer walls.
3.2 Structure
For the concept study in this project the plan is for a 22storey building only using timber as structural material
located in Växjö or Stockholm. The maximum outer plan
was set to 20 x 20 meters with a storey height of 3.4
meters. The structure is planned as a residential building.
The first design attempt for this building is a floor plan
that is 17 x 21 meter as outer measurements and with a
total building height of 75 meters. The building is made
with a central core of CLT elements that are continuous
over three storeys and connected with a butt joint. The
core has a measure of 12.5 x 8.6 meters with areas for
elevators, stairs, hallways and bathroom areas inside the
core. The CLT walls used in the design are planned with
the outer layers in the vertical direction. In the outer
perimeter of the building there are continuous glulam
columns at a distance of 4.1 meter. The core and the
columns are connected at each floor plan with glulam
beams. The floors structure which will consist of CLT
plates is planned to be hanging on the inside of the
CLT/glulam beams to have the vertical structure
continuous, see Figure 2.

(18)

where 𝑘𝑘𝑝𝑝 is a peak factor that relates the mean and the
standard deviation of the response.

3 BASIC MODEL OF THE 22-STOREY
BUILDING
3.1 Structural principles for tall timber buildings
There are of course many ways to design tall buildings.
For steel structures rigid frame systems, with or without
trusses, have been used for buildings up to 70 storeys
and for higher buildings tubular systems are often used.
When using concrete a central core system with concrete
walls are often used together with columns in the
perimeter.
In timber many of the tallest buildings at the moment are
built with platform framing using CLT-elements, that is
a structure that has been used up to 8-10-storey buildings
such as the 8-storey building Limnologen in Växjö,
Sweden, the 9-storey Stadthouse in London, UK
For the tallest timber building so far, the 14-storey high
“Treet” in Bergen, Norway, a glulam beam/column/truss
system was used. For taller timber buildings MGB [8]
suggested a continuous core of CLT or LVL elements
together with glulam columns in the perimeter of the
building. In their concept study, they plan for 20-30
storeys. There are also plans for a building with up to 25
storeys in Vienna, but in that case utilizing a hybrid

Figure 2. Sketch of the main structural system.

From earlier calculation of tall timber buildings it is
known that sway is the criterion that is the most difficult
to meet for the structure [2]. The calculation in the
ultimate limit state is therefore in this first step only done
as a hand calculation where the structure is seen as a
cantilever beam with full interaction between all the
elements.
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The chosen dimensions of the structural elements are
enough to withstand the snow, gravity and wind loads in
the ultimate limit state. The connections, especially to
the ground, will need more evaluation and development.
The proposed floor plan for the building can be seen in
Figure 3. The inner core (light gray) will be made up of
7-layer CLT elements with a thickness of 230 mm with a
width of either 2500 mm or 2720 mm. The CLT wall
elements are made with the two outer layers and the
middle layer in the vertical direction and with layer 3
and 5 in the horizontal direction. The CLT elements is
planned to be continuous over three storeys and jointed
with butt joints. To avoid joints at the same height the
joints between the CLT elements will be staggered. The
joints between the CLT elements in the vertical
directions will be made with a spline LVL joint which is
a standard connection type for CLT structures.

4100

16940

4100

4100

4100

12500

20930

4100

8616

4100

4100

4100

4100

Figure 3. Sketch of the main structural system, an inner core
with CLT elements and some non-load bearing walls in the
core, glulam columns in the outer facades and glulam beams
connecting the columns and the core structure.

The columns are in the first design made of glulam
GL30c with a dimension of 340 x 540 mm. The columns
are planned to be made as continuous to act as one high
column. The beams in the perimeter and between the
columns and the core are also made of glulam GL30c
and with a dimension of 215 x 405 mm. The glulam
beam-column system is inspired by Moelven Törebodas
“Trä 8” system [9]. The floors are in the first version
made up of a 5 layer CLT elements with a thickness of
200 mm.
The same floor plan /structural elements dimensions are
used for all storeys in this first model.

4 FE-MODEL
The model representing the assembled 22 storey building
was made using MSC SimXpert and the calculations
were made by MSC Nastran version 14.1. which is a
general FE-program originally developed for the
aerospace and automotive industry and therefore has
well developed code for dynamic analysis. The model
consists of 186,836 nodes and 186,340 shell, beam,
bushing and rigid elements; CBAR, CSHELL, CBUSH
and RBE2 respectively.
4.1 Model of one storey
The model is first made as a detailed model for one
storey, see Figure 4. This model is made for studying the
properties of one storey before expanding the model to
the full 22-storey building.
The CLT elements are made as shell elements and with
laminates made up by orthotropic material. The
properties of the laminates are 𝐸𝐸0 = 12000 MPa in the
fiber direction and 𝐸𝐸90 = 0 MPa in the direction
perpendicular to the grain, the shear stiffness is set as
𝐺0 = 690 MPa and 𝐺90 = 50 MPa. The density is 500
kg/m3. The CLT elements are in this first model fixed to
the ground. The spline connections between the CLT
elements are made with springs with a stiffness of
1.3·106 kN/m in all three directions. In total 10 springs
are used between two CLT elements in the height
direction, the same spring stiffness are used in the
corners of the CLT core. This stiffness is what can be
expected for a spline connection based on tests [10 and
11].
The glulam beams and columns are modelled with beam
elements with an isotropic material model with the
stiffness of 13000 MPa with a density of 500 kg/m3. The
columns are fixed to the ground. The beams also have
pinned connections to the columns and the CLT core.
The floor in the structure is modelled as 200 mm thick
CLT plate with a layered structure with 5 layers. The
material properties for the layers are set to the same
values as for the CLT elements in the core. Inside the
core the model is made with one whole slab attached to
the inside of the CLT elements with pinned connections
on all four sides. In a real structure it will be necessary to
support this floor with beams/walls to avoid too large
deformations. The floor structure is also connected to the
glulam beams with pinned connections at all four sides.
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Figure 4. FE-model for the first storey, showing CLT elements
in the core and as floor structures and glulam beams out to the
glulam columns in the facades.

4.2 Model for the 22-storey building
The model was then expanded to a 22-storey building.
The connections between the storeys were made by
assuming rigid connections between the CLT elements
in the vertical direction, the same assumption was made
for the columns.

Figure 6. Mode shape for the lowest bending mode in the weak
direction from the FE-model, resonance frequency f1 =
0.60 Hz.

Eurocode 1-4 gives as a rule of thumb a first resonance
frequency for buildings higher than 50 m that is
expressed as:
46
(19)
𝑙1 =
ℎ
Where h is the total height of the building. Utilizing the
building height of 75 m this will mean a first resonance
frequency of 0.61 Hz mainly based on experience from
steel and concrete buildings. The building in this model
showed a result that was surprisingly close to this value.

Figure 5. FE-Model for the complete 22-storey building.

The model was used in a modal analysis calculating the
resonance frequencies and the mode shapes for the total
building. The model was in this first step run without the
gravity field, which results in a slightly higher resonance
frequency than if the gravity field had been used to precompress the structure. In this case the first ten elastic
eigenmodes were extracted The results showed that the
first mode shape is a bending mode in the weak direction
of the building with a resonance frequency of 0.6 Hz, see
Figure 6.

The bending mode shapes for the first resonance
frequency for a tall slender building is in Eurocode
expressed as:
𝑧 𝜁
(20)
𝛷(𝑧) = � �
ℎ
Where z is the height above ground and h is the total
height of the building. The shape factor 𝜁 is in Eurocode
1991-1-4 recommended as 1.0 for a building with a stiff
central core surrounded by columns in the façade. The
mode shape will in that case be almost linear with
change in height. Figure 6 show that this is a quite good
approximation for this building. The mode shape shows
a lot of shear deformation, especially for the higher
storeys.
The second mode is a bending mode in the strong
direction with a resonance frequency of 0.8 Hz and the
third is a rotational mode with a resonance frequency of
1.1 Hz, see Figure 7 and Table 1.
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terrain type II (area with low vegetation). The
acceleration level is calculated according to the method
in Annex B in EN 1991-1-4:2005 [3]. The parameters
calculated with this method can be found in Table 2.
Table 2. Parameters for calculating acceleration levels
according to Eurocode 1-4 [3] and ISO10137[6]. The rows
with light grey background are input parameters and the dark
grey rows shows the resulting acceleration levels.

Figure 7. Mode shape for the first torsional mode from the FEmodel, resonance frequency f3 = 1.10 Hz.

The first resonance frequency is lower than what is
measured in already built timber buildings, but they are
on the other only a third of the height of this structure.
The 14-storey building “Treet” in Bergen, Norway had
based on a FE-model a frequency of 0.75 Hz but that
building had more mass [2].
Table 1. The three lowest modes for the building, mode shapes
and resonance frequencies for the building according to the
FE-analysis.

Mode
no.
1
2
3

Shape
Bending weak direction
Bending strong direction
Torsion

Resonance
frequency
0.6 Hz
0.8 Hz
1.1 Hz

The results for this structure is, however, not realistic as
there are many issues that are not dealt with such as real
stiffness of the connections to the ground, holes for
openings in the core mass of non-structural material and
so on.
4.3 Accelerations level for the building according to
EC1
The value of the first resonance frequency is one of the
key parameters to calculate the acceleration level on the
top of the building to compare it to the comfort criteria.
In this case the comfort criteria used is the peak
acceleration calculated for a 2-year return period of the
wind [7]. The building is in this case placed in Växjö in
Sweden with a basic wind velocity of 24 m/s and in

Parameter
Heigth of the building
Width of the building
Depth of the building
Reference height
Equivalent mass, height
Equivalent mass, area
Basic wind velocity
Roughness length
Minimum height, wind
Maximum height, wind
Terrain factor
Roughness factor
Wind turbulence intensity
Mean wind velocity 2 years
Force coefficient
First resonance frequency
Damping, mechanical
Damping, aeroelastic
Reference length scale
Alfa
Turbulence length scale
Non-dimensional
frequency
Spectral density
Background
response
factor
Aerodynamic admittance
Aerodynamic admittance
Resonance response factor
Up-crossing frequency
Peak factor
Dimensionless coefficient
RMS of the acceleration
Peak acceleration

H
B
D
𝑧𝑠
𝑚𝑒𝑒
𝜇𝑒𝑒
𝑣𝑏
𝑧0
𝑧𝑚𝑚𝑚
𝑧𝑚𝑒𝑒𝜕𝜕
𝑘𝑘𝑟
𝑐𝑐𝑟
𝐸𝑒𝑒
𝑣𝑚2
𝑐𝑐𝑓
𝒏𝟏
𝛿𝑠
𝛿𝑒𝑒
𝐿𝐿𝜕𝜕
𝛼
𝐿𝐿(𝑧)
𝑓𝐿𝐿

Value
74.8
20.9
16.9
44.9
20850
996
24
0.05
2
200
0.19
1.4
0.15
19.1
1.47
0.6
0.09
0.05
300
0.52
138
4.3

𝑆𝐿𝐿 (𝑧𝑠 )
𝐵𝑟 (𝑧)

0.05
0.76

𝑅𝑅ℎ
𝑅𝑅𝑏
𝑅𝑅𝑟 (𝑧)
𝑣
𝑘𝑘𝑝𝑝 (𝑧𝑠 )
𝐾𝜕𝜕
𝝈𝒂 (𝒛)
𝒂𝟏 (𝒛)

0.11
0.34
0.27
0.20
3.28
1.5
0.04
0.13

Unit
m
m
m
m
kg/m
kg/m2
m/s
m
m
m

m/s
Hz
m
m

Hz
m/s2
m/s2

The result for the peak acceleration can then be plotted
into the diagram for acceptable acceleration levels from
the ISO10137 [6]. The result show that the building
having the structure studied now has a too high
acceleration level, see Figure 8.
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Figure 8. The peak acceleration level for the structure plotted
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5 CONCLUSIONS
This paper presents a first FE-model able to capture the
dynamic behavior of a 22-storey building. The structure
of the building is made with a core of continuous CLT
wall elements with a seven layer structure and an outer
structure of continuous glulam columns and glulam
beams. The floor structure is made up of CLT elements
that in this first study are pinned to the glulam structure.
The results show that the first resonance frequency is
about 0.6 Hz which might be reasonable for a building of
this height in concrete or steel but combined with the
low mass of the timber structure it leads to acceleration
levels that are too high at the top floors of the building.
The main aim of creating the FE-model is, however, to
use it in further studies were different methods to reach
acceptable acceleration levels will be tested. These
further studies will include investigating such parameters
as:
-

Changes in the design and dimensions of the
structural elements such as beams, columns and
wall thickness.
Changes of the material properties of the timber
elements; create CLT elements better designed
for large shear forces.
Determine necessary stiffness requirements for
connections in the system.
Improve the modeling of the mass and its effect
Test different methods for damping such as
tuned mass dampers or visco-elastic dampers.
Include bracing systems in the facades as well
as out-rigger structures.
Study the effect of openings in the CLT-core
and include more stabilizing walls in the core.
Develop the model for checking also the
ultimate limit state.
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EUROCODE 5 - A HALFTIME SUMMARY OF THE REVISION PROCESS
Miriam Kleinhenz, Stefan Winter2, Philipp Dietsch3
ABSTRACT: This document provides an introduction to the review process of Eurocode 5, the structure of the work and
the committee and the targets of the revision progress. In addition, a short excursus is given on ‘Ease-of-Use’ and
legitimate ‘National Determined Parameters’ (NDP). It gives the frame and introduction for the other presentations in the
mini-symposium MS4-04. This paper and the complete mini-symposium will provide colleagues from abroad and
Europeans not familiar with standardisation with a clear overview of structures, targets and processes and should be a
starting point for further coordination and cooperation with engineers and standard writers all over the world.
KEYWORDS: Standardization, Eurocode 5 – Design of Timber Structures, CEN/TC 250 – Structural Eurocodes

1 INTRODUCTION 123
The standard Eurocode 5 - or better all parts of EN 1995 Design of Timber Structures - with Part 1-1: General Common rules and rules for buildings, Part 1-2: General Structural fire design and Part 2: Bridges - was published
in 2004 after a long historical development starting in
1983 with a CIB report “Structural Timber Design Code”.
Eurocode 5 is part of the family of Structural Eurocodes
providing common European design rules for the design
of structures with all main building materials creating the
built environment. The Eurocodes are nowadays
implemented and applied in all European countries. They
are especially helpful in Member States where no or few
design rules were available, which was true in many cases
for timber structures.
The Eurocodes are of high importance for a common
European building market and therefore for planners,
industry and craftsmanship working more and more cross
borders. Finally they should provide a common level of
safety in buildings, as there is no reason from the human
perspective to provide different safety levels in Vienna,
Berlin, Helsinki or Lisbon. But – ‘the safety of the built
environment’ is under the responsibility of the European
countries and ‘safety’ is sometimes related to costs,
tradition, etc. Therefore, the Eurocodes provide the
instrument of so called ‘National Determined Parameters’
(NDP) to be able to make adjustments to the foreseen
national level. In addition, NDP’s are e.g. necessary to
allow adaptations to climate related loads. The NDP’s are
published in ‘National Annexes’ (NA) to the national
editions of the Eurocodes by the responsible National
Standardization Body (NSB), like AFNOR (France), BS
(UK), DIN (Germany) or SIS (Sweden).

1

Miriam Kleinhenz, Technische Universität München,
kleinhenz@tum.de
2
Stefan Winter, Technische Universität München,
winter@tum.de, Chairman of CEN/TC250/SC5

The European Commission has a strong interest on the
further development of the Eurocodes to achieve a further
matching of design rules in Europe. But it is recognized
that there are nowadays high variations of NDP’s and - in
addition - a high number of ‘Non-Contradictory
Information’ (NCI) given in the published NA’s,
demonstrating that rules are missing in the Eurocodes. In
general, design rules need to be improved or to be
expanded and, at the same time, additional design rules
need to comply with the ‘state-of-the-art’. Therefore beside other targets - a main aim is a further
harmonization and evolution of the European design rules
for buildings to enable additional improvement of the
European construction and engineering sector and a
sustainable development of the built environment.

2 EUROPEAN STANDARDIZATION
2.1 THE STRUCTURAL EUROCODES
COMMITTEE CEN/TC 250 AND OTHER
LIAISONS
First of all, it should be described how the Eurocode 5
standardization committee is arranged within the whole
standardization body and which standardization
committees affect the work of the Eurocode 5
standardization committee and vice-versa.
The home of European standardization is the European
Committee for Standardization, in short CEN (Comité
Européen de Normalisation). CEN is responsible for
developing and defining standards at European level and
it is officially recognized by the European Union and the
European Free Trade Association (EFTA). [1]
Within CEN different fields are included and several
technical committees (TC) deal with different subjects.
The technical committee working on the development and
3
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definition of the design rules of common building and
civil engineering structures has been numbered as
CEN/TC 250.
The built environment is affected by several other
technical committees dealing with product standards,
environmental subjects or fire safety aspects, influencing
the development of the Eurocodes. With regard to timber
structures, the CEN technical committees shown in Figure
1 have an influence on the design of timber structures and
therefore are exemplary liaison committees of CEN/TC
250.

Eurocodes (EC) and the upcoming Eurocode 11 for
structural glass. The number of the subcommittee
represents the number of the Eurocode, like SC 5 for
Eurocode 5 - Design of timber Structures. Working
groups (WG) provide support in different subjects, like
policy guidelines, assessment and retrofitting of structures
or robustness. Horizontal groups (HG) on fire and bridges
combine all subcommittees of the Eurocodes.
CEN/TC 250 itself works as coordinating leader and
surveys the work of all SC’s, WG’s and HG’s. The
secretariat for CEN/TC 250 is hold by BSI, the British
Standards Institution, and supports the CEN/TC 250
Chairman. Members of CEN/TC 250 are the SC, WG and
HG Chairmen or Chairwomen as well as delegates from
the different National Standardization Bodies of the
Member States and representatives of some related
European organizations.
2.3 THE SUBCOMMITTEE ON EUROCODE 5 –
DESIGN OF TIMBER STRUCTURES CEN/TC 250/SC 5

Figure 1: CEN technical committees connected to timber
structures

For matters of coordination and flow of information,
liaisons between CEN/TC 250 and these TC‘s are crucial.
2.2 THE TECHNICAL COMMITTEE ON
STRUCTURAL EUROCODES CEN/TC 250

Every SC dealing with the further development of a
Eurocode has its own structure. Below SC level,
supporting working groups (WG) are established in order
to divide the work into concrete subjects and to define
responsibilities clearly. The SC 5 plenary decided to
structure the work for the next generation of EC 5 into ten
WG’s. Figure 3 shows the ten WG’s with their subjects
and their WG Convenors.

CEN/TC 250 is additionally structured into different subcommittees.

Figure 3: Structure of CEN/TC 250/SC 5 Timber Structures

Figure 2: Structure of CEN/TC 250 Structural Eurocodes

As shown in Figure 2, established subcommittees (SC)
represent the work with regard to the existing 10

For the division into several subjects, the main focus has
been to divide into already existing parts of EC 5 (e.g.
‘Fire’ and ‘Bridges’), to distinguish between timber
design in general and design of timber connections
(‘Cluster’ and ‘Connections’) and to concentrate on the
new design items (‘CLT’, ‘TCC’ and ‘Reinforcement’).
Cross-laminated timber (CLT), timber concrete
composites (TCC) as well as reinforcement are topics
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missing in the current EC 5 and need to be included to
comply with the ‘state-of-the-art’. WG 8 ‘Seismic design’
has been established to support and expand the work of
the
technical
committee
on
Eurocode
8,
CEN/TC 250/SC 8.
This
working
group
CEN/TC 250/SC 5/WG 8 - is working officially under
SC 8 - ‘Seismic Design’ as CEN/TC 250/SC 8/WG 3 - the
members are identically. WG 9 is dealing with the subject
‘execution’ which focuses on minimum requirements for
fabrication, transport, erection, treatment and finishes.
WG 10 is a recently established working group – first
named TG 1 (task group) - working on the first two main
chapters of EC 5 covering basis of design and material
properties. Focusing on the home countries of the WG
Convenors, it is obvious that CEN/TC 250/SC 5 has made
a good example on national variety and geographic
coverage of Member States. The secretariat for CEN/TC
250/SC 5 is held by SIS, the Swedish Standards Institute.

In Figure 4 the structure of tasks connected to
CEN/TC 250/SC 5 (SC5.T1 – SC5.T6) is shown for the
current timeline from 2015 until 2020. The different
phases demonstrate that it is foreseen to deal with new
design items at first, before starting the process of the
revision of existing items. The further evolution of
Eurocode 5 in the field of CLT or TCC starts before the
modification and completion of the parts of EN 1995 Design of Timber Structures - with Part 1-1: General Common rules and rules for buildings, Part 1-2: General Structural fire design and Part 2: Bridges.
It is evident that the tasks are directly connected to the
work of the SC 5/WG’s listed in Figure 3. As a
consequence, the division of CEN/TC 250/SC 5 work into
working groups is inspired by the defined SC 5 tasks (see
Figure 5).

3 PROCESS OF THE MANDATED
WORK
3.1 RESPONSE TO THE MANDATE M/515
In December 2012, Mandate M/515 had been finalized by
the European Commission (EC) inviting CEN to develop
a detailed standardisation work programme for the
publication of the second generation of Eurocodes. This
work programme has been sent to the EC as ‘Response to
Mandate M/515’. Besides user confidence (see Section
4.1) and reduction of National Determined Parameters
(see Section 4.4) the work programme focuses on further
harmonisation and inclusion of ‘state-of-the-art’ [2].
CEN/TC 250 leads the execution of the Mandate M/515
with regard to the design of construction works and,
consequently, is responsible for the successful
development of the second generation of the Eurocodes
by using the support of the EC [2].
The work programme is divided into four overlapping
phases including certain tasks defined by task description,
task reference and deliverables and differentiated by SC’s,
WG’s and HG’s of CEN/TC 250.

Figure 4: Structure and current timeline of CEN/TC 250/SC 5
tasks

The ‘Response to Mandate M/515’ prescribes which tasks
have to be taken into account in which phase.

Figure 5: CEN/TC 250/SC 5 tasks connected to SC 5/WG’s

3.2 TEAM WORK / RESPONSIBILITIES
3.2.1 CEN/TC 250/SC 5 Working Groups
(SC 5/WGs)
Working groups on new, revised and additional items in
the field of timber structures are established within the
subcommittee CEN/TC 250/SC 5. Experts from building
authorities, key industry bodies and from the field of
research and development of all Member States are
members of these groups – sometimes even since the first
generation of Eurocodes – and bring their knowledge as
technical input into the working process. The technical
proposals and discussions within the working groups
started already in advance to the mandated phases, shown
in Figure 5.
Figure 6 demonstrates how national mirror committees
include representatives of interested parties and send them
to participate in European standardization work as
appointed members. Certain appointed members are sent
as delegates - with one person being head of delegation –
or observers to CEN/TC 250/SC 5 plenary meetings. It is
of importance that the head of delegation represents only
national opinions and matters and that only the head of
delegation gives a national vote. Observers need a
permission for attendance and observing the meeting.
Additional members are sent or motivated to participate
in SC 5/WG’s as experts expected to give their technical
input to achieve the objectives of the working groups.
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Figure 6: Delegations and experts of CEN/TC 250/SC 5

The WG Convenors are responsible to inform the WG
members
about
subjects
discussed
within
CEN/TC 250/SC 5 which are relevant for the work of
their group. The WG Convenors attend as WG
representatives in SC 5 plenary meetings.
For reasons of transparency reports and important
information are distributed in national mirror committees
and, additionally, the heads of delegation are responsible
for the flow of information between European and
national level.
To score the flow of information within CEN/TC 250,
reports are required for each meeting, written and sent by
working groups and subcommittees. In Figure 7 these
interrelations are summarized graphically.

3.2.2 Project Teams
In order to fulfil the objects of the work programme,
groups of experts – so-called Project Teams (PT) – are
established in a tender process launched parallel to the
start of a new phase. The PT’s consist of five members
and one leader. They are responsible for a certain task of
the work programme (e.g. SC5.T1 as shown in Figure 5)
and therefore connected to a certain SC, WG or HG of
CEN/TC 250.
They are responsible for the whole writing process of the
new standards. This “editorial” work has to be proceeded
in very close cooperation with the work of the SC/WG’s
to achieve Eurocode drafts in compliance with the
Mandate. In addition, the PT’s shall provide background
documents giving clarification and verification (e.g.
scientific background) of proposed clauses, equations and
design provisions. References to relevant sources like
scientific papers, research projects or national standards
shall help to record the input of this scientific background.
[3]
Needed qualifications of PT members are on the one hand
sufficient expertise with regard to the development of
standards and on the other hand professional background
and experience in the corresponding field [4]. The tender
process is coordinated by NEN, the Netherlands
Standardization Institute.
For matters of coordination and flow of information
communication between SC/WG’s and PT’s is decisive to
proceed successfully. While WG’s are discussing about
technical contents – design approaches, simplifications
and the contents’ structure - the PT’s draft with the help
of these contents the standard text and process the
delivered background information. The work process and
the draft process need be coordinated with one another to
guarantee the compliance of the mandated timeline.

Figure 8: Responsibilities within CEN/TC 250/SC 5

Figure 7: Organization and reporting within CEN

Convenors, Chairmen and Chairwomen attend meetings
of one higher level as representatives of their group. Vice
versa, requirements are transmitted and information is
distributed one level lower.

The CEN/TC 250 policy guidelines [3] prescribe
responsibilities of the different groups. Like already
mentioned, SC 5/WG’s and PT’s should collaborate
closely to enable a fruitful outcome. Consequently, WG
Convenors and WG members may be included in Project
Teams, as indicated in Figure 8.
The PT’s for the different SC 5 tasks report directly to the
SC 5 plenary, while SC 5 Chairman and Secretary are to
be informed about upcoming PT meetings, which they can
attend as ex-officio members.
CEN/TC 250/SC 5 reports directly to the CEN/TC 250
plenary, including information of the ongoing work of the
Project Teams.
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Figure 9: Official procedure after finalizing the EC drafts

The Eurocode Draft or the different parts of the Eurocode
Draft are written by the PT’s after coordination with the
SC 5/WG’s and reviewed by the SC 5 plenary. In the end,
CEN/TC 250/SC 5 gives acceptance of the Eurocode
drafts to the PT’s and sends the draft to CEN/TC 250.
Figure 9 demonstrates graphically the official procedure
after finalizing the Eurocode draft [5].
When starting the enquiry process the national mirror
committees are asked to collect and discuss comments on
the Eurocode draft as well as to give a national vote.
Approval of the enquiry requires simple majority and at
least 71% positive weighted vote (abstentions not
counted). The largest weightings are connected to the
Member States France, Germany, Italy, Turkey and
United Kingdom, in each case a weighting of 29 points
out of 405. Iceland and Malta have the least weightings
with in each case 7 points out of 405. [6]
The enquiry timeframe lasts three months. Afterwards,
the comments have to be answered by CEN/TC 250/SC 5
and are used to create a revised Eurocode draft.
CEN/TC 250/SC 5 is responsible for the finalization of
the drafting process by sending the revised draft again to
CEN/TC 250. CEN/TC 250 takes the final decision to
accept the new Eurocode 5 parts in coordination with all
other Eurocodes and agrees to open the Formal Vote (FV).
A positive assessment is needed during the enquiry
otherwise a second enquiry has to be organized.
The FV asks the national mirror committees to give their
vote as national position – this time – just as acceptance
or rejection of the revised Eurocode draft. Only editorial
comments are allowed during the FV. Again a weighted
vote, requiring simple majority and 71% approval
(abstentions not counted), is needed.

4 THE FUTURE DEVELOPMENT OF
EUROCODE 5
4.1 ENHANCING ‘EASE-OF-USE’
After an intensive discussion within CEN/TC 250 a clear
definition is now available to whom the Eurocodes are
addressed. The Eurocodes are addressed to “Competent
civil, structural and geotechnical engineers, typically

qualified professionals able to work independently in
relevant fields” [7].
This definition is included in a CEN/TC 250 document
called ‘Position paper on enhancing ease of use of the
Structural Eurocode’ [7] created to improve the ‘Ease-ofUse’ of the Eurocodes for practical users. This discussion
point is relevant in order to improve harmonisation
between the Eurocodes and to achieve long term
confidence by the users. Examples for principles listed in
the document are as follows:
• Clarity and understandability
• ‘Ease-of-navigation’
• ‘State-of-the-art’
• No fundamental changes to the approach to
design and to the structure of the Eurocodes
• Consistency with product standards and
standards for ‘execution’ [7]
On the one hand, the keywords ‘clarity’ and ‘understandability’ may give the idea of restructuring Eurocode 5. On
the other hand, it is clearly described that fundamental
changes to the approach to structure of the Eurocodes are
to be avoided. Discussing the content of the new
Eurocode 5 generation brought the question up how the
content with regard to simplified rules, scientifically
based design methods and tabulated data should be
balanced.
Tabulated data (e.g. factors and fixed values) or diagrams
- developed to find results on the safe side - are easy to
apply. They could be useful for preliminary design, but
have the disadvantage of increasing the amount of pages.
Furthermore, the results are restricted to the boundary
conditions of the tables. [13]
Simplified design methods for standard applications have
the advantage of being easy to understand – also for nondaily users -, easy to apply and short with regard to the
amount of text. But simplified rules predict conservative
results and sometimes they are even restricted to certain
applications or within certain boundary conditions.
General scientifically based design methods have the
advantage of being more advanced as well as more
accurate and economic. They are often applicable also to
new developments, but require higher effort for the user.
In general, there is always a clash of interests between the
wish of industry being able to optimize design parts with
high iteration factor as far as possible and the wish of
engineers to have available simplified methods for daily
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use. A standard should be able to deliver solutions for both
directions. A limitation or shortage of pages is for sure not
a target of the revision, especially since in the case of
Timber Structures the pleasant development of the ‘stateof-art’ has to be mirrored.
CEN/TC 250/SC 5 decided therefor that regulations and
general design approaches shall remain in the main part
giving the best knowledgeable information and making
economically designed timber structures possible.
Simplified rules and tabulated data might be additionally
provided in the Annexes of EC 5 or in commented
versions of EC 5.
Design rules which are used only by a limited number of
specialists, like the design of trussed rafters with punched
metal plate fasteners, will be given in Annexes to enable
a better overview in the main part by concentrating on the
most used cases (20% of the design rules - relevant for
80% of daily use design). This strategy should enable a
neatly arranged structure of the main part, as mentioned
before, to ease the Eurocode’ use for engineers not using
the relevant parts every day. Most of the complaints
received during systematic review processes about
‘difficult-to-use’ were more related to navigation in the
Eurocode than to technical issues.
4.2 REVISION OF EXISTING PARTS
Systematic reviews of the existing parts were realised for
all parts of Eurocode 5 in 2014 and 2015. Comments from
all National Standardization Bodies (NSB’s) on the first
generation of Eurocodes were collected. This feedback
gives indications which design rules need to be improved
or to be expanded for the second generation of Eurocodes.
Besides a long list on additional subjects, the following
subjects will be taken into account as most important
items.
• Vibration of floors: In the case of vibration of
floors more general methods - also applicable for
new developments as CLT or TCC – are needed.
• Compression perpendicular to the grain: For
the design of compression perpendicular to the
grain additional design requirements are to be
added.
• Racking resistance of walls: Only one method
instead of two different methods should be found
within Eurocode 5 regarding racking resistance
of walls.
• Element stability: More precise information on
element stability need to be included.
• Timber failure capacity in connections: In the
case of timber failure capacity of connections, it
should be clearly differentiated between failure
modes of one single fastener, a group of fasteners
and the timber capacity surrounding the
connection.
• Rules for the ‘execution’ of timber structures:
Additionally needed rules for the ‘execution’ of
timber structures is part of the work program of
SC 5/WG 9.

4.3 NEW ITEMS
Additional design rules need to be included to comply
with the ‘state-of-the-art’ which is based in commonly
accepted results of research that has been validated
through sufficient practical experience.
The following subjects are to be included as most
important new Eurocode 5 items.
• Cross Laminated Timber (CLT): This subject
is outlined in the presentation of Tobias Wiegand
‘Design of cross-laminated timber – another new
section of Eurocode 5’ [8].
• Timber Concrete Composites (TCC): This
subject is outlined in the presentation of Alfredo
Dias ‘Timber Concrete Composites - a new part
in Eurocode 5’ [9].
• Reinforcement: This subject is outlined in the
presentation of Philipp Dietsch ‘Reinforcement
of Timber Structures - a new section for
Eurocode 5’ [10].
In addition, it is of great importance to reach a further
harmonization between the product-, test-, value- and
‘execution’-standards. This situation is described by the
presentation of Tomi Toratti ‘The standardization chain in
Europe: Material - Design - Execution’ [11].
Ad Leijten will present actual developments in the area of
compression perpendicular to the grain - ‘The bearing
strength capacity prediction by Eurocode 5 and potential
design code models’ [12].
4.4 COLLECTION OF NATIONAL ANNEXES
AND REVIEW OF NDP’S
The Eurocodes provide ‘National Determined
Parameters’ (NDP) to be able to make adjustments to the
foreseen national level. The responsible National
Standard Bodies of the Member States published socalled ‘National Annexes’ (NA) as addition to the
Eurocode parts where NDP’s as well as ‘NonContradictory Information’ (NCI) are included.
CEN/TC 250 has been collecting National Annexes of
most of the Members States. At the moment, NA’s of 23
Members States have been collected. These will be made
available to the corresponding subcommittees.
NDP’s are used to allow adaptations to climate related
loads, to define national partial safety factors for materials
and actions or limit values and to choose between
modification factors, coefficients or design approaches.
For improvement of ‘Ease-of-Use’ a reduction of the
number of NDP’s is vital. Therefore, CEN/TC 250
provided recommendations as guidance for the drafting
process of the second generation of Structural Eurocodes
[14]. In this guidance document the definition and
background of ‘legitimate’ and ‘questionable’ NDP’s are
explained. All in all, parameters connected to safety levels
like partial safety factors or the time of fire exposure and
classification of structures according to quality
management requirements have to be kept as NDP’s.
The CEN/TC 250 subcommittees shall now classify the
NDP’s. The following progress should be followed.
• Revision and categorization of NDP’s
• Elimination of NDP’s considered ‘questionable’
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•

Report for rationalizing the retention or removal
of NDP’s

At the moment, the different subcommittees are working
on this categorization and elimination in order to submit a
NDP report to CEN/TC 250.
Furthermore, the collection of NA’s can be used to
analyze the deviation of existing NDP’s and the amount
of national NCI’s. Demonstrating the different national
choices and outlining certain tendencies give an overview
of the actual status of NDP’s and help to classify
‘questionable’ NDP’s. The investigations and analysis
regarding NA’s to Eurocode 5 are realized and provided
by the authors at Technische Universität München.
The collection of NA’s and categorization or analysis of
NDP’s seems relatively undemanding in the case of
timber structures when comparing the different Eurocodes
with all its parts – Eurocode packages – and deducing the
number of pages of NA’s of Eurocode packages or the
number of the corresponding NDP’s. Figure 10
summarizes this numbers including also the number of
pages of the Eurocode packages and demonstrating the
amount of pages of the corresponding NA’s by taking the
associated German NA’s.

Figure 10: Number of NDP’s, number of pages of the
Eurocode packages and amount of pages of the associated
German NA’s [13]

5 CONCLUSIONS
The work on the new generation of Eurocode 5 started
mainly in 2014. It profits from a high level of interest
among the Member States and the wood related
community of industry, engineers, trade and public.
Fortunately, the culture of discussion in the timber sector
is very much fact oriented, free of personal sensitivities
and based on a high level of confidence, respect and in
many cases friendship. Even though, it is a long way to
finalize the revision until 2020, it is absolutely necessary
to support the work from now until the end to enable an
increased use of timber in the building sector.
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REINFORCEMENT OF TIMBER STRUCTURES – A NEW SECTION FOR
EUROCODE 5
Philipp Dietsch
ABSTRACT: The reinforcement of timber structures has seen considerable research and development in recent years.
New materials and methods for reinforcement have been developed and are now used in practice. Eurocode 5 in its current
edition, however, lacks approaches to design reinforcement for timber members. To close this gap, CEN/TC 250/SC 5,
the standardization committee responsible for drafting Eurocode 5, has decided to establish a Working Group (WG) on
this item. This Working Group is supported by a Project Team, mandated to draft the associated sections for Eurocode 5.
This paper reports on the approach to this task, the work items of WG 7 “Reinforcement”, the current status and the work
scheduled for the coming years. The proposed structure of the new section as well as examples of design approaches and
the related background information are presented.
KEYWORDS: Timber structures, stresses perpendicular to the grain, reinforcement, self-tapping screws, rods, woodbased panels, standard, Eurocode 5

1 INTRODUCTION 123
The reinforcement of timber structures has seen
considerable research and development in recent years,
see e.g. [1]. New materials like self-tapping screws or
wood-based panels offer potential also in view of their use
as reinforcement. The European timber design standard,
Eurocode 5, in its current edition [2] lacks approaches to
design reinforcement for timber members. The
standardized use of reinforcement is enabled only in a few
European countries by means of non-contradictory
information (NCI), given in the National Annexes to
Eurocode 5 [3], [4]. Closing the obvious gap between
recent developments and practical needs on the one side
and missing standardization on the other, reinforcement
for stresses perpendicular to the grain was classified high
priority when defining the list of work items to be dealt
with during the upcoming revision of Eurocode 5 [5]. In
2011, the European standardization committee
responsible for Eurocode 5, CEN/TC 250/SC 5, decided
to form a Working Group 7 “Reinforcement”. In addition,
reinforcement of timber members was prioritized for
Phase 1 (of 4 phases) of the standardization work to be
mandated by the European Commission. The contracts for
this mandated work were signed in 2014, enabling the
formation of Project Teams that are mandated to draft
specific sections for the Eurocodes.

Philipp Dietsch, Dr.-Ing., Technische Universität München,
Chair of Timber Structures and Building Construction,
Arcisstraße 21, D-80333 München. Email: dietsch@tum.de

Within Phase 1, two Project Teams to draft new sections
for Eurocode 5 were established and equipped with
experts, namely PT SC5.T1 - to draft the sections on
cross-laminated timber and reinforcement - and SC5.T2 to draft a new part on timber-concrete composites.

2 APPROACH
Standardization is the culmination of successful research
and development that has seen positive application and
acceptance in practice, see Figure 1. According to the
European position on future standardization [6],
harmonized technical rules shall be prepared for
“common design cases” and shall contain “only
commonly accepted results of research and validated
through sufficient practical experience”. The target
audience for such rules is “competent civil, structural and
geotechnical engineers, typically qualified professionals
able to work independently in relevant fields”.
Fundamental
Research

Applicationoriented Research

Product Standard &
Design Standard

Product
Development

Technical Approval,
e.g. ETA

Research &
Development
Verification of
Applicability

Figure 1: Development of products or methods and their
legalization
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3 ORGANIZATION
Different committees and groups of experts are
contributing to European standardization in the field of of
the design of structures, see Figure 2 for the example of
Timber structures. In the following, a short description of
the main structure and organisation within these
committees and groups is given. For an in-depth
description of the structure, the interested reader is
referred to [7].

Eurocode or a specific section of the same. In other words,
the PTs have to bring the technical proposals into standard
text including harmonized notations, terminology and
references, adhering to the principles of “Ease-of-Use”
[6]. In addition, the Project Teams have to develop socalled “background documents” describing the technical
reasoning and scientific background of all new or changed
technical contents under their scope. From the six
members in Project Team SC5.T1 “Cross-laminated
timber and reinforcement”, three members are actively
involved in the drafting of the section on reinforcement
while four members actively contribute to the drafting of
the section on CLT [8].
The liaison between the SCs, WGs and PTs can be
summarized as follows: the SC is the responsible control
institution while the WGs and PTs are the executive
institutions developing the technical contents (WGs) and
the drafts of the standard (PTs).

4 WORK ITEMS
Figure 2: Responsibilities within CEN/TC 250/SC 5

CEN/TC 250 is the head committee, responsible for the
development and definition of the design rules of common
structural building and civil engineering structures. This
committee is substructured into 11 sub committees (SCs),
each sub committee being responsible for the
development and revision of one Eurocode.
CEN/TC 250/SC 5 is responsible for all parts of
Eurocode 5 (EN 1995). The members of these sub
committees are delegates sent by National
Standardization Bodies (NSBs) that are members of CEN.
For the technical work, each sub committee is supported
by Working Groups (WGs) that deal with specific items
within the Eurocode that the SC is responsible for. Within
CEN/TC 250/SC 5 for example, WG 1 is responsible for
cross-laminated timber [8], WG 2 is responsible for
timber-concrete composite structures [9] and WG 7 is
responsible for reinforcement of timber structures, see [7]
for a full overview. The Working Groups are responsible
to develop the work programme, i.e. the items to be
covered within their responsibility. In this connection, the
WGs are meant to serve as institution for technical
discussions resulting in technical proposals (methods,
design approaches, design equations and details) for the
section(s) under their responsibility. To achieve this
objective, the WGs are staffed with experts sent by the
National Standardization Bodies. These experts may have
a dual role as National Delegates within the SC and as
experts in a WG or work solely as the latter.
CEN/TC 250/SC 5/WG 7 “Reinforcement” currently has
13 members (experts and observers), about five experts
contribute actively to the work.
The drafting of the standard text based on the technical
proposals developed and agreed within the WGs is the
responsibility of Project Teams (PTs), consisting of five
members and one leader. The work of the Project Teams
is supported by the European Commission, hence they are
established in a tender process. Within a given time frame,
the PTs have to deliver a draft of a new or revised

4.1 General
Adhering to the principles described in section 2,
CEN/TC 250/SC 5/WG 7 “Reinforcement” decided to
prioritize the following applications and reinforcement
methods for preparation for the revised Eurocode 5. These
items were also classified high priority during a panEuropean survey carried out amongst a multitude of
stakeholders in 2010 [5].
4.2 Applications
•
•
•
•
•
•

Reinforcement of double tapered, curved and
pitched cambered beams
Reinforcement of notched beams
Reinforcement of holes in beams
Reinforcement of members with concentrated
compression stresses perpendicular to the grain
Reinforcement of connections with a force
component perpendicular to the grain
Reinforcement of connections (n = nef)

4.3 Materials and Methods
•
•
•

Self-tapping screws or screwed-in rods
Glued-in rods
Glued-on timber, plywood, LVL

The choice of materials is explained by the precondition
that (1) test procedures as well as (2) a product standard
or Technical Approvals for the product / material are
available. Without these, rules in a design standard cannot
be used since the basic input parameters are missing. This
situation can best be described by a 3-step pyramid, see
Figure 3 and [10].
This pyramid is based on (1) test standards (containing
rules on how to test products). Relating to these, product
standards (2) are developed (giving strength and stiffness
parameters, boundary conditions and rules for production
and quality control). The design standards (3) represent
the tip of this pyramid (providing design equations and
formulating specific requirements in e.g. spacing, edge
distance, minimum anchorage length, etc.).
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Figure 3: Sketch of the 3-step-pyramid applied in international
standardization for the construction sector [10].

5 CURRENT STATUS AND WORK
PLAN
By the end of April 2016, all Project Teams had to send
the first drafts to their contractual partner, the Netherlands
Standardization Institute (NEN). NEN then delivered the
drafts to the respective CEN/TC 250/SCs for review and
comments within a two-month period (May - June 2016).
The SCs can draw upon the National Standardization
Bodies (NSBs) for additional review and comments to the
drafts.
The Project Team is requested to answer all comments
received during the work on the second draft,
implementing all comments and proposals that are
deemed useful and technically sound. The second drafts
have to be delivered at the end of April 2017, starting the
above mentioned procedure.
The final draft has to be delivered to NEN in October
2017. NEN will directly forward this document to the
National Standardization Bodies (NSBs) for a threemonth enquiry. Following that, the PTs have two months
to prepare the final documents, taking into account the
comments received from the NSBs. The delivery of the
final documents and the background documents, marking
the end of the work of the PTs, is in April 2018.

6 STRUCTURE OF THE FIRST DRAFT
EN 1995-1-1 [2] in its current version does not contain
provisions on reinforcement. Hence, a decision on the
structure of this new section had to be taken. The obvious
approach is to write a separate but continuous section on
the design of reinforcement for timber members. This
solution, however might not fully suit the designers needs
in terms of applicability and navigation, hence might not
fully obey to the principles on “Ease-of-Use”. The current
proposal, which was accepted by WG 7 “Reinforcement”,
is to integrate the provisions on reinforcement into the
existing main part, i.e. following the sequence of a typical
design task: general considerations – design of members
in the unreinforced state – design of reinforcement for
these members. Figure 4 contains the proposed structure.
The main proposed contents of the sections on
reinforcement are described in the following. Proposed
standard text will be highlighted in form of italic writing.

Figure 4: Proposed structure for sections on reinforcement
(new sections in bold, sections on reinforcement in bold italic)

7 CONTENTS OF THE FIRST DRAFT
7.1 General
In the following, the core contents of the sections on
reinforcement are given in form of italic writing, followed
by relevant background information on these clauses. For
a comprehensive overview of the current state of the art in
the design of reinforcement including design equations
and extensive background information, the interested
reader is referred to [11] and [12]. The Figures shown do
not represent the Figures for the standard text as they also
include graphical representations produced to exemplify
background information. Since the strength verifications
required for the reinforcement are rather independent of
the member or detail to be reinforced, these will be
presented in consolidated form at the end of this section.
General
Standard text:
• In the following clauses, the tensile capacity
perpendicular to the grain of the timber is neglected
in the determination of the load on the reinforcement.
• Pitched cambered beams, notched members and holes
in beams should be reinforced for tensile stresses
perpendicular to the grain. Curved and double
tapered beams should be reinforced if the design
tensile stresses perpendicular to the grain exceed
60 % of the design tensile strength perpendicular to
the grain.
Background for the clauses given above:
Even if the verification of systematic, load-dependent
tensile stresses perpendicular to the grain can be met, it is
state of the art to reinforce double tapered, curved and
pitched cambered beams against tensile stresses
perpendicular to the grain. Reason is the superposition of
the load-dependent stresses with moisture induced
stresses perpendicular to the grain due to e.g. changing
climatic conditions or a drying of the beam after the
opening of the building, see e.g. [13]. In the lack of a
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method to reliably predict the magnitude of tensile
stresses perpendicular to the grain, it was custom to apply
reinforcement if the maximum load-dependent tensile
stresses perpendicular to the grain exceeded 60 % of the
design tensile strength perpendicular to the grain.
Since end-grain is exposed bare at a notch and in holes,
the superposition of moisture induced stresses and loaddependent tensile stresses perpendicular to the grain
around notches and holes can be significant [14].
Therefore, many authors recommend that notches and
holes in beams should always be reinforced.
• The following internal, dowel-type reinforcement may
be applied:
o glued-in threaded rods and screwed-in threaded
rods with wood screw thread according to
European Technical Assessment;
o fully threaded screws according to EN 14592 or
European Technical Assessment.
• The following plane reinforcement may be applied:
o glued-on plywood according to EN 13986;
o glued-on structural laminated veneer lumber
according to EN 14374 or EN 13986 in connection
with EN 14279;
o glued-on laminations made of either structural
solid timber according to EN 14081-1 or plywood
according to EN 13986 or structural laminated
veneer lumber according to EN 14374.
o pressed-in punched metal plate fasteners.
The list of applicable internal or external reinforcements
is – amongst other factors - based on the necessity of a
continuous interconnection between the timber and the
reinforcement as well as sufficient stiffness of this
connection (to prevent cracking). Due to the latter
argument, perforated metal plates or wood-based panels,
both nailed onto the timber member, are not adequate
reinforcements, see e.g. [14], [15].
• The distance between the peak tensile stresses
perpendicular to the grain and the dowel-type
reinforcement should be minimized but should not be
below the minimum values stated below.
• The spacing between internal, dowel-type
reinforcement perpendicular to the grain, a2, should
not be less than 3·d. The edge distance in grain
direction, a3,c, edge as well as the edge distance
perpendicular to the grain, a4,c, should not be less than
2.5·d. unless otherwise stated below.
• Reinforcement with fully threaded screws should be
assessed in analogy to reinforcement with glued-in
threaded rods.
• The reduction in the cross-sectional area due to
internal reinforcement should be considered in the
design of the timber member.
• In block glued members, each component within the
block should be reinforced, either by internal dowel
type reinforcement or by plane reinforcement glued to
both side faces of each component. The reduction in
the cross-sectional area due to glued in plane
reinforcement should be considered in the design of
the block glued member.

The edge and end distances of internal, dowel-type
reinforcement are reduced compared to the minimum
edge and end distances given in Chapter 8 of [2], since
such reinforcements are loaded by axial forces and their
continuous interconnection with the wood prevents
splitting [15]. The reinforcing effect of the applicable
reinforcement elements over the width of a timber
member is limited, hence each component of a blockglued timber member should be reinforced separately.
7.2 Moisture induced stresses
• Stresses caused by the effects of moisture content
changes in the timber shall be taken into account.
Changes in wood moisture content lead to changes of
virtually all physical and mechanical properties (e.g.
strength and stiffness properties) of wood. An additional
effect of changes of the wood moisture content is the
shrinkage or swelling of the material and the associated
internal stresses. If these stresses locally exceed the very
low tensile strength perpendicular to the grain of wood,
the result will be a stress relief in form of cracks, which
can reduce the load-carrying capacity of structural timber
elements in e.g. shear or tension perpendicular to the
grain. Multiple evaluations of damages in timber
structures, e.g. [16], [17], [18] show, that a prevalent type
of damage is pronounced cracking in timber elements.
Almost half of the damages in large-span glued-laminated
timber structures can be attributed to low or high moisture
content or severe changes of the same.
• Moisture induced stresses from moisture content
changes should be minimized. Potential measures to
reduce moisture induced stresses include:
o Before being used in construction, timber should
be dried as near as practicable to the moisture
content appropriate to its climatic condition in the
building in use, unless the structure is able to dry
without any effect on the load-carrying capacity of
its members;
o In dry environments, controlled drying of the
timber to service conditions should be planned,
e.g. through adequate surface treatment.
NOTE: In the case of structures or members
sensitive to moisture changes, temporary moisture
control is recommended.
• Stresses perpendicular to the grain, caused by
connections or reinforcement restraining moisture
induced deformations of the timber member, should be
minimized.
NOTE: External, plane reinforcement glued onto the
entire surface area under tensile stresses
perpendicular to the grain decelerates the process of
moisture changes or drying of the timber member,
hence such reinforcement may be favorable in
applications with permanently dry or frequently
changing climate.
Shrinkage cracks can be attributed to two different
phenomena.
1. Large moisture gradient over the timber cross-section
due to strong and fast wetting or drying (the latter
prevailing in building practice) of the timber member,
e.g. throughout the process production – transport –
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storage – assembly – interior works – opening –
operation (heating). Careful planning and moisture
control during this process is recommended,
especially if a dry environment is to be expected in the
finished building. Specifications on moisture control
could be given in an execution standard for timber
structures.
2. Prevention of free shrinkage or swelling deformation
of the cross section by restraining forces, e.g. from
dowel-type
connections
or
dowel-type
reinforcements. In these cases, equilibrium of tensile
and compressive moisture induced stresses is
impeded, resulting in stresses of higher magnitude and
eventually in deep shrinkage cracks.

apex are determined, the distribution of tensile stresses
perpendicular to the grain along the beam axis has to be
accounted for in simplified format. Depending on the
form and loading of the beam, the tensile stresses
perpendicular to the grain decrease with increasing
distance from the apex (an exception being the not yet
standardized curved beams with mechanically fixed apex,
i.e. secondary apexes [11]). For simplification, the full
tensile stresses perpendicular to the grain are used to
design the reinforcement in the inner quarters of the area
exposed to tensile stresses perpendicular to the grain. In
the outer quarters, the tensile stresses perpendicular to the
grain are assumed to reach 2/3 of the maximum tensile
stresses perpendicular to the grain.

• Potential measures to reduce restraining effects from
reinforcement include:
o larger distances between reinforcement;
o reduction of height of the reinforced areas in the
timber member;
o reducing the angle between dowel-type
reinforcement and grain direction of the timber
member.
The restraining effect of dowel-type reinforcement was
experimentally and analytically investigated in [19] and
[20], demonstrating the positive effect of measures such
as increased distance, reduced height or reduced angle of
dowel-type reinforcement.

• Internal, dowel-type reinforcement should cover the
full height of the beam excluding the outer lamellas in
bending tension. The spacing at the top side of the
beam should not be less than 250 mm but not greater
than 0.75·hap.
• Plane reinforcement, e.g. panels or laminations
should be glued to both sides of the member and
should cover the full height of the beam.
The spacing between the reinforcements is limited to
ensure that the reinforcing effect of the reinforcement is
assured over the whole beam length exposed to tensile
stresses perpendicular to the grain.

7.3 Reinforcement of double tapered, curved and
pitched cambered beams
Standard text:
• For beams in which reinforcement to carry the full
tensile stresses perpendicular to the grain is applied,
the reinforcement should be designed for a tensile
force Ft,90,d:

Ft ,90,d = k A 

 t ,90,d  b  a1
nr

(1)

where
σt,90,d is the design tensile stress perp. to the grain;
b
is the beam width;
a1 is the spacing of the reinforcement in
longitudinal direction of the beam at the height
of its axis;
kA factor to account for the distribution of tensile
stresses perpendicular to the grain along the
beam axis
kA = 1,0 for the inner quarters of the area
exposed to tensile stresses perp. to the grain in
curved and pitched cambered
beams
kA = 0,67 for the outer quarters of the area
exposed to tensile stresses perpendicular to the
grain in curved and pitched cambered beams
nr is the number of reinforcement elements
within the spacing a1.
Background for the clause given above:
The approach given is based on an integration of the sum
of tensile stresses perpendicular to the grain in the plane
of zero longitudinal stresses. Since in most cases, only the
maximum tensile stresses perpendicular to the grain in the

7.4 Reinforcement of rectangular notches in
members with rectangular cross-section
Standard text:
• The reinforcement of a rectangular notch on the
loaded side of a member support (see Figure 5) may
be designed for a tensile force Ft,90,d:





2





3

Ft ,90,d = 1.3 Vd  [3  1  hef h  2  1  hef h ]

(2)

where
Vd is the design value of the shear force;
hef, h see Figure 5
Background for the clause given above:
The tensile force perpendicular to the grain, Ft,90,d, can be
approximated by integration of the shear stresses below
the notch, between the loaded edge and the corner of the
notch, see Figure 5. A more detailed analysis of the
magnitude of the tensile stresses perpendicular to the
grain around the notch has shown that these stresses are
even higher [21]. For relationships x ≤ hef/3, the tensile
force perpendicular to the grain, Ft,90,d, can be sufficiently
estimated by applying an increase factor of 1.3.

Figure 5: Notched beam: reinforcement (left) and distribution
of shear stresses (right).
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• The depth of the reinforcement, see Figure 5, should
be larger than 0.7·h, measured from the beam edge on
the side of the notch. In all other cases, the possibility
of splitting caused by the tensile force component
perpendicular to the grain, should be satisfied at the
tip respectively edge of the reinforcement facing the
beam edge opposite to the notch.
• If the tensile force, Ft,90,d, according to expression (2)
is carried by internal, dowel-type reinforcement,
arranged according to Figure 5, the load-carrying
capacity is limited to twice the load-carrying capacity
of the unreinforced notched beam.
The depth of the reinforcement should be sufficient such
as to avoid tensile failure perpendicular to the grain of the
timber member at the tip / upper edge of the
reinforcement. In analogy to the experiences and rules for
connections with a tensile force component perpendicular
to the grain, see Section 7.6, no verification is necessary
for relationships hef/h > 0.7. The limitation of loadcarrying capacity of notched members reinforced with
dowel-type reinforcement arranged perpendicular to the
grain is based on [22], where it was experimentally and
analytically verified that the load-carrying capacity of
reinforced notched members is not infinite but limited by
the shear component on fracture of notched members.
• Only one row of internal, dowel-type reinforcement at
a distance a3,c from the edge of the notch should be
considered.
• The minimum length of each internal, dowel-type
reinforcement is 2·ℓad, see Figure 5, the outer thread
diameter d should not be greater than 20 mm.
• The reinforcement panels or laminations should be
glued to both sides of the member with the following
limits:

l
0.25  r  0.5
h  hef

(3)

7.5 Reinforcement of holes in beams with
rectangular cross-section
Standard text:
• The reinforcement of holes, which comply with the
geometrical boundary conditions given in Table 1,
may be designed for a tensile force, Ft,90,d, according
to expression (4).

Ft ,90,d =

Vd  hd
4h

⎡ h 2⎤
M
 ⎢3  d2 ⎥ + 0,008  d
h ⎦
hr
⎣

(4)

where
Vd is the design shear force at the edge of the hole;
Md is design bending moment at the edge of the hole;
h, hd, hr see Figure 6.
In the case of rectangular holes, the tensile force,
Ft,90,d, should be assumed to act on a plane defined by
the corners of the hole which are exposed to tensile
stresses perpendicular to the grain. In the case of
round holes, the tensile force, Ft,90,d, should be
assumed to act under 45° from the center of the hole
with regard to the beam axis (see Figure 6). All areas
prone to splitting from tensile stresses perpendicular
to the grain should be analyzed. The minimum and
maximum dimensions given in Table 1 apply:
Table 1: Minimum and maximum dimensions of reinforced
holes in beams with rectangular cross-section

ℓv ≥ h
hrl(ru) ≥ 0.25 · h
a

ℓz ≥ h, not less
than 300 mm c

a≤h
a/hd ≤ 2.5

ℓA ≥ h/2
hd ≤ 0.3 · h a
hd ≤ 0.4 · h b

for internal, dowel-type reinforcement
for plane reinforcement, e.g. panels or laminations
c l is the spacing between two holes
z
b

where
is the width of the reinforcement panel or
lr
lamination in direction of the beam axis at the
side of the notch;
h, hef see Figure 5.
Only one row of internal, dowel-type reinforcement at a
edge distance in grain direction, a3,c, should be considered
as reinforcement. The distance between the internal,
dowel-type reinforcement and the notch, a3,c, should be as
small as possible. Reason is the limited distribution length
of the tensile stresses perpendicular to the grain outside
the corner of the notch. The applicable width of
reinforcement panels is limited due to the same reason. In
addition, this limitation is also implicitly directed at
assuring panels of adequate thickness to prevent failure
due to the stress singularities at the notch.

Figure 6: Hole in beam: reinforcement (left) and distribution
of shear stresses (right)

• The application of internal, dowel-type reinforcement,
arranged according to Figure 6, should be limited to
locations in the timber member that are subjected to
low shear stresses.
NOTE: It is recommended to apply internal, doweltype reinforcement, only in locations in which the
shear stresses do not exceed XX % of the shear
strength determined according to expression (6.13,
i.e. common verification of shear stresses [2]),
applying the full section height, h.
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Background for the clauses given above:
The tensile force perpendicular to the grain, Ft,90,d, can be
approximated by integration of the shear stress between
the axis of the member and the corner of the hole prone to
cracking. The limitation of the permissible relative
dimensions of the holes in dependency of the type of
reinforcement, is described in [23], [24].
The limitation of applicability of dowel-type
reinforcement to areas exposed to low shear stresses is
based on the fact that dowel-type reinforcement arranged
perpendicular to the grain restrains free shrinkage (see
Section 7.2). This results in reduced shear capacity of the
reinforced timber member which, in the vicinity of holes,
is exposed to increased shear stresses. The discussion on
how the application of dowel-type reinforcement can best
be limited to areas featuring low shear stresses to prevent
failure due to shrinkage cracking leading to shear failure
of the beam is ongoing.
• In members with holes and internal, dowel-type
reinforcement, the increased shear stresses in the area
of the edges of the holes should be accounted for. The
maximum shear stress, τmax, to be applied in
expression (6.13) [2], should be calculated as follows:

⎡

a⎤ ⎛ h ⎞

0.2

1.5 V

d
 max = 1.84  ⎢1 + ⎥  ⎜ d ⎟ 
⎣ h ⎦ ⎝ h ⎠ bef   h  hd 

(5)

lt ,90 = 0.5   hd + h 

(8)

is the width of the reinforcement panel or
lamination in direction of the beam axis at the
sides of the hole;
h1 is the height of the panel above or below the
hole;
a, hd, h see Figure 6.
ar

The reasoning for the clauses given above is similar to the
reasoning for the geometrical limits of reinforcement
applied for notched members, see Section 7.4.
7.6 Reinforcement of connections with a tensile
force component perpendicular to the grain
Standard text:
• The reinforcement of connections with a tensile force
component perpendicular to the grain (see Figure 7)
may be designed for a tensile force Ft,90,d:

Ft ,90,d = [1  3   he h  + 2   he h  ]  Fv , Ed
2

3

(9)

where
Fv,Ed is the design value of the tensile force component
perpendicular to the grain;
h, he see Figure 7.

where
Vd is the design value of the shear force;
bef is the effective beam width, see 6.1.7. [2](taking
into account the impact of shrinkage cracks on
shear capacity);
a, h, hd see Figure 6. In the case of round holes hd may
be replaced by 0,7·hd.
In the case of rectangular holes it is necessary to take into
account the increased shear stresses around the edges of
the holes. A description as well as an associated design
equation is given in [25]. In [15] it is recommended to
apply the same verification for round holes as well. The
same publication describes a method to verify the bending
stresses above respectively below rectangular holes,
including the additional longitudinal stresses from the
frame action (lever of the shear force) around the hole (see
also [26].
• Only one row of internal, dowel-type reinforcement at
a edge distance in grain direction, a3,c, from the edge
of the hole should be considered.
• The minimum length of each internal, dowel-type
reinforcement is 2·ℓad, see Figure 6, the outer thread
diameter d should not be greater than 20 mm.
• The reinforcement panels or laminations should be
glued to both sides of the member with the following
limits:

0.25  a  ar  0.6  lt ,90

(6)

h1  0.25  a

(7)

where

Figure 7: Reinforced cross-connection: reinforcement (above)
and distribution of shear stresses and shear flow (below)

• The depth of the reinforcement (ℓad,c + ℓad,t, see Figure
7) should be larger than 0.7·h, measured from the
loaded beam edge. In all other cases, the possibility of
splitting caused by the tensile force component
perpendicular to the grain, should be satisfied at the
tip respectively edge of the reinforcement facing the
unloaded beam edge.

WCTE 2016 e-book | 3647

Background for the clauses given above:
The tensile force perpendicular to the grain, Ft,90,d, is the
resultant of the tensile stresses perpendicular to the grain
on the plane defined by the loaded edge distance to the
centre of the most distant fastener, he (see e.g. [27]).
According to beam theory, the connection force
component perpendicular to the grain results in a step in
the shear force distribution. The tensile force
perpendicular to the grain, Ft,90,d, is determined by
integration of the shear stress in the area between the row
of fasteners considered and the unloaded edge. The term
in brackets in equation (9) is the result of this integration,
a derivation can be found in e.g. [28].
The depth of the reinforcement should be sufficient such
as to avoid moving the location of tensile failure
perpendicular to the grain from the connection to the tip /
edge of the reinforcement. In analogy to the experiences
and rules for connections with a tensile force component
perpendicular to the grain ([2], [3]), no verification is
necessary for relationships (ℓad,c + ℓad,t)/h > 0.7.
• Only one row of internal, dowel-type reinforcement at
a distance a3,c from the edge of the connection should
be considered.
• The reinforcement panels or laminations should be
glued to glued to the member according, with the
following limits:

0.25 

lr
 0.5
lad

(10)

single dowel. This reduction in load carrying capacity in
connections with multiple dowel-type fasteners is mainly
the result of premature splitting of the timber in the
direction of the rows of dowels. The effective number of
dowels, according to equation (8.34) [2] is based on [29].
Splitting may be prevented by reinforcing the connection
area, e.g. by self-tapping screws or wood-based panels.
[30] demonstrated that in connections with sufficient
reinforcement between the dowels, the timber does not
split and the effective number, nef, equals the actual
number, n, of dowels in one row. With reference to [31] it
is stated in [30] that timber splitting is prevented, if the
axial load-carrying capacity, Fv,Rk, of each screw exceeds
30 % of the lateral load-carrying capacity, Fv,R, per shear
plane of each dowel.
7.8 Strength verifications required for the
reinforcement
The following standard text is given in comparable form
and phrasing in the different sections on reinforcement,
here Sections 7.3 - 7.6.
• If the tensile force, Ft,90,d, according to expression
(expression will be provided at a later drafting stage)
is carried by glued-in or screwed-in steel rods, the
stresses in the glue line, respectively the
circumference around the thread, should satisfy the
following expression:

 ef ,d
f k ,1,d

1

where

lad = min {lad ,c ; lad ,t } , see Figure 7
lr

(11)

is the width of the reinforcement panel or
lamination in direction of the beam axis at the
sides of the connection;

The distance between the internal, dowel-type
reinforcement and the connection is limited to take into
account the limited distribution length of the tensile
stresses perpendicular to the grain outside the connection.
The same is valid for the applicable width of
reinforcement panels.
7.7 Bolted connections
Standard text:
• Where splitting of the timber is prevented through
sufficient reinforcement perpendicular to the grain,
the effective number of fasteners according to
expression (8.34, i.e. determination of nef [2]) may be
taken as nef = n.
• The tensile force in the reinforcement may be taken as
0,3·Fv,Rk, with Fv,Rk determined according to
expressions (8.9) – (8.13) [2].
Background for the clauses given above:
The load carrying capacity per dowel in connections with
multiple dowels placed in a row parallel to the grain and
loaded by a load component parallel to the grain is smaller
than the load carrying capacity of a connection with one

 ef ,d =

(12)

Ft ,90,d
nr  π  d  lad

(13)

where
Ft,90,d is the design tensile force;
d
is the outer thread diameter (≤ 20 mm);
ℓad is the relevant effective anchorage length,
(determined in accordance with the geometry of
the detail to be reinforced);
nr is the number of internal, dowel-type
reinforcement. Only one row of internal, doweltype reinforcement at a distance a3,c from the
location featuring the peak tensile stresses
perpendicular to the grain should be considered
(with the exception of curved and pitched
cambered beams);
fk,1,d is the design strength of the glue line, taking into
account the distribution of stresses.
• The tensile stresses in the dowel-type reinforcement
should be assessed by applying the relevant crosssection.
• If the tensile force, Ft,90,d, according to (expression
will be provided at a later drafting stage) is carried by
panels or laminations glued to the member, the
stresses in the glue line, assumed to be evenly
distributed, should satisfy the following expression:

 ef ,d
f k ,2,d

1

(14)

WCTE 2016 e-book | 3648

 ef ,d =

Ft ,90,d
nr  lad  lr

(15)

where
Ft,90,d is the design tensile force;
ℓad is the relevant depth of the reinforcement panel
or lamination above or below the beam axis
(determined in accordance with the geometry of
the detail to be reinforced);
ℓr is the width of the reinforcement panel or
lamination in direction of the beam axis;
nr is the number of panels or laminations used for
reinforcement (typically 2, respectively 4);
fk,2,d is the design strength of the glue line between
member surface and reinforcement panel /
lamination for an approximately triangular
stress distribution
NOTE: fk,2,k = 0.75 N/mm2 may be assumed if the
values have been verified for the glue system
used. This value represents a minimum value.
Higher values can be declared if the glue system
is tested in accordance with relevant test
standards (not yet developed).
• The tensile stresses in the panels or laminations, glued
to the member, should satisfy the following
expression:

 t ,d
f t ,d

1

 t , d = kk 

(16)

Ft ,90,d
nr  tr  lr

(17)

where
Ft,90,d is the design tensile force;
ℓr is the width of the reinforcement panel or
lamination in direction of the beam axis;
is the thickness of the reinforcement panel or
tr
lamination;
nr is the number of panels or laminations used for
reinforcement (typically 2, respectively 4);
kk is a factor to account for the non-uniform
distribution of stresses; without further
verification, kk = 2.0 may be assumed (for
reinforcement of connections with a tensile
force component perpendicular to the grain,
may
be
assumed,
for
kk = 1.5
reinforcement of curved or pitched cambered
beams, kk = 1.0 may be assumed);
ft,d is the design tensile strength of the panel or
lamination in direction of the tensile force
Ft,90,d.
Background for the clauses given above:
The approach to verify the reinforcement as given above
is presented and explained in [32]. The factor kk is applied
to take into account the non-uniform distribution of
stresses and the concentration of stresses at the panel edge
facing the location of peak tensile stresses perpendicular
to the grain. The characteristic strength values of the glue
lines, when used for reinforcement, are based on [33] and
[32].

8 CONCLUSIONS AND OUTLOOK
Due to the fact that CEN/TC 250/SC 5/WG 7
“Reinforcement” has started the technical discussions at
quite an early stage, the first draft of the section on
reinforcement is already at a comparatively advanced
stage. For the second draft, all comments received that
are deemed useful and technically sound will be
implemented. In addition, the section on reinforcement of
members with concentrated compression stresses
perpendicular to the grain will be drafted, based on e.g.
[34] and information given in current ETAs. In addition,
a clear verification procedure for reinforcement in form of
fully-threaded screws will be implemented.
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TIMBER CONCRETE COMPOSITES – A NEW PART IN EUROCODE
Al r do M.P.G. Dias1
ABSTRACT: Timber-concrete-systems have been increasingly used in recent decades. This increased interest is due to
various reasons, but particularly to the use of timber in new types of buildings, such as for example, multistory buildings
or motorway bridges, where the timber-concrete composites play an important role. In spite of this higher interest, such
development, was not supported by an adequate regulatory framework. The composite timber-concrete systems are,
usually, analyzed and designed in accordance with Eurocode 5, which does not address many important issues that are
specific for the design of this type of structure. To close this gap, CEN/TC 250/SC 5, the standardization committee
responsible for drafting Eurocode 5, decided to establish a Working Group (WG2) on this issue. This Working Group
will be supported by a Project Team, mandated to draft the new Eurocode 5 part on timber-concrete composites. This
paper presents the main objectives and methodologies used in this task, as well as, the current status of the work and the
schedule for the incoming years.

KEYWORDS: Timber-Concrete, Composite Systems, Designof Structures, Eurocodes, Standardization, CEN, Project
Team

1 INTRODUCTION

123

Timber-Concrete Composite (TCC) systems have been
used for a long time, all over the world. The first reports
on their use are from a patent of a composite system on
which nails and braces were used as the connectors [1].
On the same period, in the US, various research works
were reported on the use of TCC systems for bridge
applications. Conde McCullough mentioned that more
than 180 structures had been built with this system by
1943 [2]. The first TCC bridge built originally as so, is
usually referenced as early as 1924, based on
experimental research from the City of Seattle and the
University of Washington [3].
The reasons for this interest were at the time closely
connected with the shortage of resources between the
world wars, namely the steel.
At these early times, in many situations the concrete was
added without design, neglecting the composite action,
once the main purpose was to protect timber from the
environmental actions. In spite of this, the composite
action was clearly recognized to have, a significant
potential, contribution to the structural performance.
Already at that time ratios between composite and noncomposite solutions were mentioned to be up to 2 and 4
for the load carrying capacity and stiffness respectively
[2]. When the design was performed considering the
composite effects, the ordinary transformed section
formulae was suggested, as the analysis design model [2].
1 Alfredo M.P.G. Dias, University of Coimbra,
alfgdias@dec.uc.pt

The use of TCC systems tended to decrease after the
1960’s decade from the last century. In the 1980’s early
1990’s a new interest appeared, namely due to its use in
the renovation of existing timber floors [4]. This
motivated the appearance of new connectionsystems, and
analysis approaches, mostlyas consequence of the various
research projects undertaken [1, 5].
In the late 1990’s and 2000’s , a new incentive was
motivated by appearance of new applications that became
possible using wood based products. These are closely
related to the development of new products and
techniques as for example the Cross Laminated Timber
(CLT), which significantly widened the potential
application for timber in construction, namely in larger
building typologies as the multi-storey buildings. Such
demand brought new issues as the thermal, dynamic,
acoustic, or fire requirements, where TCC systems can
play a significant role [6].
This development evidenced the need for new design
approaches for the analysis and design of TCC systems.
These reasons motivated the creation of a specific group
within CEN\TC250\SC5 to deal with the composite
timber structures. Such initiative supported the inclusion
of this issue in the first stage of the CEN Mandate M/515
[7].
This paper presents the main objectives and approaches
towards the development of this work. Additionally, it
describes the work undertaken up to now in close
coordination with the other the revision work being done,
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within the aim of the new generation of Eurocodes,
particularly Eurocode 5 [8].

2 DESIGN OF TIMBER CONCRETE
STRUCUTRES
2.1 EUROCODE

There are however many issues such as for example the
long term analysis of TCC system for which the adoption
of the Eurocode 5 models do not lead, in most of cases, to
appropriate solutions [15].
2.2 AUSTRALIA AND NEW EALAND DESIGN
GUIDELINES AND TIMBER BRIDGE
MANUAL

The design of TCC based on the transformed section
might be acceptable in some cases, however, due to the
limited stiffness of the connections other approaches, that
take the connection slip into account, need to be used.
Additionally, there are other topics suchas the connection
properties that need to be known even if very simple
approaches are used [9].
The current version of the Eurocode 5 does provide some
indications on a number of these aspects.
In part 1-1 [10] only one clause can be found, explicitly
and specifically meant for the design of TCC systems:
 Clause – 7.1 (3) Joint slip for concrete-to-timber
connections
On the other hand, in part 2 [11] there are a number of
clauses specific for the design of TCC bridges:
 Clause – 2.4.1 – Table 2.1 – Recommended
partial factors for material properties;
 Clause – 5.1.3 – Simplified analysis - Effective
cross-section of the beam;
 Clause – 5.2 – Influence of the joint slip in
composite action deck plate systems;
 Clause – 5.3 (1) – The concrete part should be
designed according to EN 1992-2;
 Clause – 5.3 (2) – Design of steel fasteners and
grooved connections;
 Clause – 5.3 (3) – Effective width of the concrete
plate composite timber beam/concrete deck
structures, SLS;
 Clause – 5.3 (4) – Consideration of cracks in
concrete plate, SLS.
 Clause – 5.3 (5) – Consideration of tension
stiffening. Simple approach to determine the
stiffness of a cracked concrete cross section;
 Clause – 6.1.2 – Table 6.1 Design coefficients of
friction for timber-concrete.
 Clause – 8.2 – Timber-concrete connections in
composite beams

The Australian and New Zealand design guidelines [16]
follow the EC5 approach as the underlying basis for the
design procedures. The procedures and clauses have,
however, been modified to comply with the Australian
and New Zealand codes[17].
Some limitations apply to this procedure due to the
recognised uncertainty about some aspects of long term
deflection of TCC floors. The analysis and design are
based on the -method given in Eurocode 5.
Elastic properties of the connections are assumed for the
both limit states and analysis, but the procedure limits its
aim to two notched connection configurations described
in the document. For these connection types, mechanical
properties are indicated based on data available from
empirical test data [17].
In Australia it is also available a Timber Bridge Manual
[18] which has one chapter focused on Timber bridges
with concrete overlay, and another on timber-concrete
composite bridges. Comprehensive execution and
detailing indications are given in this manual.

Despite these indications, many relevant aspects are not
explicitly covered in the Codes. In such cases, relevant
clauses, originally not meant for composite design,
available from other Codes, suchas for example Eurocode
5 [10] and Eurocode 2 [12] are adapted and adopted. A
good illustration of that approach, is the worked example
from STEP 2 [13], which is often followed and used as a
reference.
A clear example from such adaptation is the  method
given in Eurocode 5 for timber structures, that in spite of
not having been specifically derived for TCC systems, is
probably the most used approach to analyse this type of
structure, and has shown to deliver good results for most
of the engineering applications [14].

2.4 BRASILIAN MANUAL FOR TIMBER
CONCRETE BRIDGES

2.3 CANADIAN DESIGN CODE FOR BRIDGES
Canadian Highway Bridge Design Code [19] gives
specific indications for the design of TCC bridges.
These include analysis, connection systems, detailing and
execution. Nevertheless, the aim of the code guidelines is
restricted to TCC with timber deck floors.
The method to determine the resistance assumes linear
elastic behaviour of the materials and the use of the
transformed sections method.
Two connection configurations are allowed, both based
on notches obtained through different depths of the
laminations, combined with steel fasteners.
Minimum requirements are indicated for both concrete
thickness and concrete strength. Additionally, minimum
reinforcement steel requirements as well as the
corresponding detailing are also indicated.

Likewise in Brazil, indications for the analysis and design
of TCC systems for bridge applications are also given in
a Manual for the project and execution of timber bridges
[20].
The design approach is meant for TCC bridges with
timber deck systems, made with round wood members.
The analytical approach is based on the shell theory. Also
in this manual, connection mechanical properties are
given for two configurations withX glued in bars, varying
in the rebar’s diameter.
The procedure indicates in an explicitly way the design of
the TCC system with fresh concrete and with hardened
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3 SOME KEY ASPECTS IN THE
DESIGN OF TIMBER CONCRETE
The definition of the aspects to be addressed in the code
is based on a number of principles which, were defined in
advance.
A first critical criteria, for this definition, is certainly, the
identification of the gaps existing in the rules/codes. Such
gaps need, in addition, to be relevant regarding the stateof-the-art in terms of practical application, which in many
cases deviates significantly from the state-of-the-art in
terms of research. In order to be included in the code is
necessary that sound scientific knowledge is, also,
available regarding that specific issue. Additionally, due
to the nature of the normative work, such knowledge
needs to be appropriately consolidated.
3.1 SHORT TERM ANALYSIS
A basic and critical phase of any design process is the
system analysis. In case of TCC systems both short and
long term analysis have to be performed.
In terms of short terms analysis, usually, a linear elastic
analysis is adopted for which various models were
developed, for different conditions such as for example
different load cases [21]. More advanced models have
been proposed for specific situations such as for example
when the second order effects can not be neglected [5].
In spite of this fact, in most of the situations the design is
performed using the so-called  method, based the
previous work from Möhler [22], which is base the
calculation on an effective bending stiffness. In this
method, composite action is quantified through the
parameter , where  = 1 means a fully rigid connection
and  = 0 means no composite action. By providing 
values for typical connectors, the method enables
practitioners to design TCC systems.
It is known that other approaches are possible as the
material non-linear elastic [14] or non-linear plastic
analysis [23]. In some situations the possibilityto use such
approaches can be rather important due to specific
conditions, as it has been clearly demonstrated [14]. The
use of such approaches is nowadays difficult or even
impossible due to inexistence of an adequate normative
framework.
3.2 LONG TERM PERFORMANCE AND
ANALYSIS
Timber and concrete have rather different mechanosorptive, and rheological behaviours. At long term such
circumstance can raise significant issues regarding both
stress distribution and deformations. Additionally, the
long term behaviour of the connection is also quite
nonlinear, adding extra difficulty to the analysis.
The methodology, usually, followed in the design, is the
use of the model available in Eurocode 5 part 1-1 for
timber structures. Research has shown that this model can
be acceptable in some conditions but can, also, lead to

significant deviation from the actual behaviour of the
structures, in other situations [1, 15, 24].
In order to address such issues more accurate models have
been proposed [24, 25]. The use of such models require
however a set of material and environmental variables that
need to be provided.
3.3 COMPOSITE ACTION CONNECTIONS
The composite action in TCC systems relies on the
connection between the two materials. Such connection
shall have an appropriate load carrying capacity to
transmit the shear loads, and simultaneously be stiff
enough to allow a limited slip deformations between the
two materials.
Contrarily to what occurs in most timber structural
systems, the connection stiffness will, directly, influence
the stress distributionand the deformations. Consequently
it affects boththe Ultimate Limit States and Serviceability
Limit States verifications. This influence might be
significant, and is directly reflected in the effective
bending stiffness of the composite system, which
increases with the connection stiffness as it is shown in
Figure 1.
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In spite of this influence scarce information can be found
in the standards related to either the analytical or
experimental determination of the TCC connections. This
fact is certainly closely connected to the large variability
that can be found in terms of connections typology for
TCC systems.
In literature a large number of researches leading with the
connections is available. Its analysis shows that the
approaches and methodologies followed vary
significantly making it difficult to compare results, and
consequently use them in a different context.
3.4 EXECUTION
The execution of TCC systems has relevant specificities,
namely due to the characteristics of concrete. The
combination of these two materials bring some execution
challenges that need to be addressed.
One of the most relevant challenges is the presence of
water when the TCC systems are cast-in-place, the large
majority of the situations, nowadays. The contact of the
concrete water with timber can be an issue for both
materials, once it is necessary for an appropriate cure of
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concrete and at the same time can lead to significant
concerns if absorbed by timber.
A “dry” construction is also possible in TCC systems, if
precast concrete is used. Nevertheless, specific execution
issues have to be taken into account. One of the most
relevant, to this end, is the connection between the two
materials, once most of the systems available were
developed and optimized for cast-in-place. Additionally,
the connectionbetweenconcretemembers do also need to
be properly addressed.
The relativelyhigh dead weight of concrete incomparison
to timber will certainly influence the short and long term
deformations. This is particularly relevant in cast-in-place
systems during the curing period, when the systems relies
only on the timber bending stiffness. In these cases the
adoption of appropriate constructive strategies as for
example propping might be very effective, and in many
cases a requirement for a good execution.

4 CEN MANDATE
4.1 PROJECT TEAM SC .T2 AND
COORDINATION WITH OTHER PROJECT
TEAMS AND WORKING GROUPS
The CEN mandate M/515 “Towards a second generation
of EN Eurocodes” aims, among other objectives to: i)
assure that the Eurocodes evolve in an appropriate manner
aiming the maintenance of the users confidence, ii) ensure
that the standards remain fully up to date through
embracing new methods, new materials, and new
regulatory and market requirements., iii) enable further
harmonisation and a major effort to improve the ease of
use of the suite of standards for practical Users [7].
The work is organized in four phases, which started in
2015 and are expected to be finished in 2020.
Within Subcommittee 5 the answer to the Mandate was
organized around 6 Project Teams (PT):
 SC5.T1 – Cross Laminated Timber (CLT) and
Reinforcement of timber structures; Eurocode 5,
new and revised clauses for Eurocode 5 part 1-1;
 SC5.T2 – Timber Concrete Composites; New
Eurocode 5 Part;
 SC5.T3 – New and revised clauses; Eurocode 5
part 1-1;
 SC5.T4, Fire design, new and revisedclauses for
Eurocode 5 part 1-2;
 SC5.T5 – Connections, new and revised clauses
for Eurocode 5, part 1-1;
 SC5.T6 – Bridges, new and revised clauses
Eurocode 5, part 2.
SC5.T1 and SC5.T2 were included in the first phase, and
the development of the corresponding work is being held
now [26]. The remain Project Teams are expectedfor later
Phases, namely SC5.T3 in Phase 2, SC5.T4 and SC5.T5
in Phase 3 and finally SC5.T6 in Phase 4.
In accordance with the answer to the mandate, the Project
Team SC5. T2 is expected to yield a new Eurocode part
for the design of Timber Composites. Its scope is defined
as the simplification of the part 1 where a number of
clauses are given for this type of structures. This shall be

done in close coordination with other related Eurocodes
namely Eurocode 2 and, up to less extend, Eurocode 4.
Additionally, a special effort is expected in drafting the
new work, in order to be as clear as possible, to use simple
routes throughout the document, and to avoid additional
and/or empirical rules for particular structure or
structural-element types, all to the extent that is
reasonably in practice [7].
A general coordination will be required with the other 5
Project Teams from Subcommittee 5 as well as with other
from other related subcommittees. Nevertheless, a closer
relation is expected with three Project Teams: SC5.T4,
SC5.T5 and SC5.T6.
The fire performance of TCC systems is a major
motivation for its use, whilst their design has important
specificities that will be addressed in the revised part 1-2
of Eurocode 5 (SC5.T4).
One of the most relevant applications of TCC systems are
the bridge decks, once it is well known that they can
provide significant advantages when compared to
traditional timber solutions [27]. The design of these
structures will be dealt in the revised part 2 of Eurocode 5
(SC5.T6).
For both, SC5.T4 and SC5.T6 it is already agreed that the
base principles will be given in the new part whilst the
specific design clauses will be given in part 1-2 and part
2, respectively.
On the other hand, the performance and design of TCC
systems is to a large extend dependent from the
performance and design of the connection systems.
Traditionally, the approach used for the TCC connections
has been, to the possible extend, based on the approach
defined in part 1-1 for timber-timber connections. It is
desirable and useful that a similar tendency is followed in
the next generation of Eurocode 5. To this end a close
coordination with Project Team SC5.T4 is required.
4.2 COORDINATION WITH OTHER
SUBCOMMITTEES
Similarly to most of the other material codes, composite
part from Eurocode 5 will be closelyrelatedto most of the
other non-material Codes (Figure 2).
From the organization point of view, the new part is
expected, for obvious reasons, to follow the only code
available for composites, Steel and Concrete Composite
Structures, Eurocode 4 [28]. Likewise from the approach
point of view many similarities are expected between
these two documents, once many of the issues share a
common nature.
In spite of this, the closest coordination is expected with
the material codes Eurocode 2 and Eurocode 5, for
concrete and timber design, respectively. The purpose it
is not to replicate the contents of these two codes but
instead to define proper references for an easy and
accurate gathering of the information available in them.
Such approach was consideredto be critical for matters of
simplification and ease of use, from the practitioners.
Informally such methodology is nowadays used in the
design of these systems. The design is usually based on
some basic indications, given or adapted from Eurocode
5, and all the parameters from concrete are obtained in
Eurocode 2, whilst the timber parameters will be obtained
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in Eurocode 5 or relatedstandards. During the preliminary
work it was concluded that in the present situation the
relation to concrete code and particularly the information
available to determine some parameters was not clear and
subjected to multiple interpretations.
Naturally, due to the nature of this type of composite
system, much higher references are expectedto the timber
code Eurocode 5 part 1-1.

At the moment Cost Action FP1402 is close to its half
duration, up to now WG4 has been busy with the
collection of background information connected to the
mechanical performance and mechanical assessment of
TCC connections and the Short Term Analysis of TCC
systems.
In the second half of the Cost action WG4 will address
issues related to the long term performance and the input
values for the design of TCC systems. Due to the
multinational character from Cost and to the wide
European and Pan-European interest that FP1402 has
motivated, it can give a significant support to the
standardization work held within CEN\TC250\SC5,
namely by providing results and knowledge from multiple
countries, often difficult to obtain through the
conventional databases, as well as boostingthe discussion
at national level.

STRUCTURE AND ORGANI ATION
OF THE WORK
The preparation of the work related to the composite
timber structures was initiated in 2012 through an
Evolution Group established within CEN\TC250\SC5.
The main tasks of this group were: i) identify the aim of
the contribution, ii) discuss the best options to include the
design of timber-concrete in the new code generation.
From that work resulted a Report [30] where the various
possibilities were discussed. Following this work, the
preparation of a new part was the preferable option, after
discussion in subcommittee 5.
This evolution group was later formalised as a new
Working Group from CEN\TC250\SC5, now working in
close cooperation with PT SC5.T2.
.1 STRUCTURE AND CONTENTS
In accordance with the CEN Mandate the deliverables
expected form this revision are:
 New CEN Technical Specification
 Background document

Figure 2. Relation with other documents and standards

COORDINATION WITH OTHER
INITIATIVES
Additionally, to the coordination carried out within the
CEN committees a significant effort is held to promote a
symbiotic collaboration with other initiatives, external to
CEN. A good example of that is the Cost Action FP1402
- Basis of structural timber design - from research to
standards [29]. This Cost Action is organized in four
Working Groups one of which, WG4 deals with the issue
of hybrid structures, with a significant focus on the TCC
systems. Within the activities undertaken by this group
one of the most relevant is the exchange of knowledge and
information that is, in some way, connected to the design
of TCC systems.

The Technical specification will have the proposals that,
eventually, will later be adopted through a new Eurocode
part. Additionally, draft versions of this document will be
also prepared and distributed aiming for a wide
discussion.
As described in the tender specification [31] the
background documents shall serve as a ‘technical audit
trail’ to decisions taken in the process. These will also be
available to national mirror committees to assist in the
development of the corresponding National Annexes.
Clearly the most relevant delivery from the PT is the
Technical Specification, which eventually will later be
transformed into a standard. The content of the document
is highly based on the previous work and it attempts to
combine the needs from the code users with the
knowledge available, having always in mind the state of
the art in terms of practical application. The document
structure follows closely the one from the other
Eurocodes, especially Eurocode 4 as discussed before. In
line with this approached it is proposed that the document
comprises 9 sections and annexes, organized as follows:
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The PT work has been undertaken step by step in close
cooperation with the WG2 on composite structures from
subcommittee 5. The close cooperation and open
discussion is critical to develop a strong solid base for the
future document. It aims to clearly present what is being
done, the rationale behind it and at the same time bring
the wider expertise available in the WG into the work. The
national representativeness nature of these committees is
expected to allow a larger inclusion of the CEN countries
on the work to be developed, which is impossible to
achieve solelythrough the six PT members. In an effort to
promote this inclusion, the documents in discussion will
be circulated as early as possible to allow significant
participation of the national mirror committees in the
discussion.
.3 STATE OF THE WORK AND SHORT
MEDIUM TERM PLANING

2015

The planning of the Project Team work is detailed in a
time schedule deliver by the PT. A simplified version of
this schedule is presented in Figure 3. The official work
started in September 2015 and the main part of the work
is expected to be finalized by April 2018. This positions
the work, at this moment, close to its half.

1s t Trim.
2nd Trim.
3rd Trim.
4th Trim.

2016

As indicated before in these clauses is given the
information specific for timber-concrete design, which
can not be found in other documents. The exact content of
each of these clauses it is not defined yet, nevertheless
some indication on the main addressed issues can be
already given.
Section 2 will give the framework to consider actions not
given in part 1-1, but quite relevant in the design of TCC
systems, such as for example long term and
environmental actions. The document will include the
three service classes, similarly to what is defined in part
1-1, but the use of TCC systems in service class 3 will not
be encouraged.
Section 3 will make proper references to the related
material codes, namely for the properties of timber based
materials, concrete and steel. Some exclusions in terms of
connection can also be given (e.g. systems with
connections exclusively based on gluing).
Section 4 complement the indications given in part 1-1,
namely through indications related to the contact between
concrete water and the timber based materials.
Section 5 will give general principles for the analysis of
TCC systems, namely the type of models, and stress strain
relationship to be used, for both short and long term.
Section 6 will follow closely the corresponding section
from part 1-1, additionally clear indications will be given
regarding the properties and specific parameters to be
considered in each of the verifications.
Section 7 similarly, to the previous one will mirror the
principles given in part 1-1. Specific models, or
indications will be given to determine the deformations
and dynamic properties in TCC systems.
Section 8 will address all the issues related to the
connections systems, either those relatedwith the strength
or with the stiffness. It is expected that, whenever
possible, indications will be given for the computation of
the connection properties. When the direct computation it
is not possible, indications will be given for the
experimental determination.
Section 9 will deal with the detailing and execution of
TCC systems particularly in aspects specific from the
system, as for example the cast in situ or the propping
requirements.
The annexes will complement the informationgiven in the
previous sections namely by providing information in
followingareas: inelastic strains as those due to shrinkage
or temperature, environmental actions such as
temperature and timber moisture.

.2 WORK ORGANI ATION AND DISCUSSION

1 Trim.
nd
2 Trim.
3rd Trim.
4th Trim.

2017

Section 1 General
Section 2 Basis of design
Section 3 Material properties
Section 4 Durability
Section 5 Basis of structural analysis
Section 6 Design - Ultimate limit state
Section 7 Design - Serviceability limit state
Section 8 Connections
Section 9 Detailing and Execution
Annexes

1s t Trim.
2nd Trim.
rd
3 Trim.
th
4 Trim.

2018












1s t Trim.
2nd Trim.
3rd Trim.
4th Trim.

September
2015 to
June 2016

May 2016
to June
2017

May
2017 to
January

January
2018 to
April 2018

December
2015 to
April 2018

First Draft

Second
Draft

Final Draft

Final
Document

Background
Documents

Start of the Project Team (September 2015)

st

End of the Project Team (June 2018)

Development
Delivery
Discussion

Figure 3. impli ie

che ule or

C

The work has been carried out in accordance with the
expected schedule. Up to now a first draft of the draft of
the Technical Specification has been prepared and
distributedfor discussion. As it was decidedby the Project
Team in close cooperation with WG2, this version
includes a proposal for the contents of the future
specificationas well as the approaches and methodologies
adopted to develop the final document.
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At the moment the focus is concentratedinthe preparation
of the second draft that is expected to be delivered by
April 2017. This second draft will, already, include an
outline of the proposals that will be part of the final
document.

CHALENGES OF THE WORK
The preparation of a new code/code part raises always
significant challenges. Often large amounts of
information, spread in many ways (e.g. different
documents, different regions, and different approaches)
needs to be collectedand processedinorder to be included
in a new consolidated document. Such effort will only be
successful if a varied set of members with different
interests (e.g construction, education, regulation)
geographic origins (e.g. different countries) and technical
and backgrounds (e.g. consultancy technicians,
construction technicians) are involved in the work. The
open and wide discussion expected during the
development period, in different forums (e.g. CEN
subcommittees and Work Groups, Cost actions, National
mirror committees) is essential to this end, and will be
strongly encouraged.
Another significant challenge is related to the
simultaneous revision of standards and codes, closely
relatedto this new part (Figure 2). Indeed, as statedbefore
this document will be complementary to other existing
parts, namely Eurocode 5 part 1-1 and Eurocode 2 part 11, making proper reference to them whenever possible.
Due to simultaneous revision a very close and effective
coordination, withboth the Project teams incharge as well
as the corresponding Committees and Work Groups, will
be required in order to come to a final document
consistent with the complementary documents.
Another challenge, more specific from this work, is
related to the national experience and state of the art in
terms of use. TCC systems have been used for a relatively
long period. In spite of that, the applications, experiences
and “legal” frameworks are quite diverse among the CEN
countries. A good example are certain systems “largely”
used in some locations but completely unknown in other.
Indeed, the preliminary discussions, clearly showed that
some of these systems are understood as traditional and
well consolidated in some countries, while will hardly be
accepted in other countries as suitable for practical
application. Such type of issue can raise significant
difficulties during the development phase, but will
certainly raise much higher difficulties later, in the
approval stage, when might be difficult to successful
address them. To avoid such problems the involvement of
the National mirror committees and national expertise is
essential from an early stage.
It is clear, from these discussion that the desired final
results will only be possible to be achieved through an
effective coordination with other groups and wide open
work discussion being held from an early stage.
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THE BEARING STRENGTH CAPACITY PREDICTION BY EUROCODE 5
AND OTHER POTENTIAL DESIGN CODE MODELS
Adrian J.M. Leijten
ABSTRACT: In many timber structures the bearing strength and stiffness are issues to be considered by the design
engineer. The linear elastic-plastic behaviour of structural timber loaded perpendicular to grain has been a problematic
issue for decades which is reflected in the differences between the more than twelve published models in structural
design codes over the world. This study considers the bearing strength of Spruce being the most common used
structural wood species in Europe. On the bases of a large database of over 1000 test results covering seven load cases,
three of the latest's bearing models including the one now present in Eurocode 5 are evaluated for their strength
predictive ability. It is shown that none of the present design models accurately reflect reality apart from one model that
is based on the yield slip-line theory.

KEYWORDS: timber, spruce, strength, compression perpendicular to grain, Eurocode 5.

1 INTRODUCTION 123
It is a known fact that the bearing strength capacity
models in structural design codes mainly used around the
world differ too much to accurately reflect the behavior
of structural timber for all its practical applications,
Leijten [1]. This study strives to end this situation for at
least one wood species, Spruce (Picea Abies). A
relatively easy way out for design code regulations is to
prescribe calculation methods resulting in conservative
predictions. Usually, an important input parameter for
the models prescribed in the design codes is the standard
Compression Perpendicular to Grain (CPG) strength.
The lack of a unified approach to determine the standard
CPG strength has led to situations where models and
design equations are incomparable. The lack of a unified
approach to determine the CPG strength has led to
situations like in the Scandinavian countries. In these
European countries, the standard characteristic bearing
strength is 2-3 times higher than the stress at
proportional limit determined by tests. This is considered
questionable and far from conservative, Thelanderson
and Mårtensson [2]. Also Kevarinmäki [3] concludes
that the short-term CPG strength value for Spruce in
Finland is too high, 6,5N/mm2, and is associated with a
deformation generally exceeding 10% of the timber
member depth. He argues that 3,3N/mm2 would be more
appropriate. It will be shown that the reliability and
accuracy of calculation models used for design is an
issue to be considered. The evaluation presented below

focuses on the reliability and predictability of three
design models. Such undertaking requires a large
database of experimental test results covering most of
the design situations occurring in practice. In addition,
all tests must have been carried out using the same test
procedure and using the same method to determine and
define the CPG strength.

2 LOAD CASES
In order to support and distinguish the best predicting
model, a sufficient number of test load cases should be
evaluated. The load configurations should, to a large
extent, reflect building practice situations. In Figure 1 an
overview is presented of these

Figure 1: Load cases considered

1

Adrian J.M. Leijten, Eindhoven University of Technology,
a.j.m.leijten@tue.nl

load cases with A) standard specimen according to
CEN/EN408 [4]; B) center load, full support; C & D)
opposite load, local support; E) end load, local support;
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F) end load, full support; G & H) discrete load; J) two
spaced loads, full support. These categories were
introduced in Leijten et al. [6] and incorporate fully and
partially loaded cases. The arrow indicates the force
applied, and a steel plate underneath takes care of
uniform equal load introduction. The area with the
highest CPG stress fails. In cases where the loaded area
is as big as the support area, as in load cases D and E,
both areas fail due to CPG simultaneously. Cases G and
H are load cases without a direct support, so-called
discrete supports, Load case H was later added by
Lathuilliere [6]. Obviously one can vertically flip these
load cases. It is assumed, however, that the timber at the
load introduction fails in CPG. Load case J is added to
check for the interaction between nearby loaded areas.

3 THE TEST DATA BASE
To enable comparison between the experimental test
results carried out and reported by different researchers,
all the experiments should use as a starting point a
common standard test procedure and evaluation method
to determine the CPG strength. The specimen used by
the standard test method is shown in Figure 1 as load
case A. This standardized specimen of clear wood is
loaded over the full upper surface of 45x70mm with a
depth of 90mm. The specimen depth equals the distance
between the loaded surface and the bearing support. The
deformation used for the load-deformation curves is the
change of this distance. The latter is not fully in
agreement with the test standard CEN/EN 408.
However, Le Clevé [7] has shown that taking the
deformation as the change in depth of the specimen is
the preferred measuring method and provides more
consistent results than using the CEN/EN 408 method,
Fehler! Verweisquelle konnte nicht gefunden
werden.. In this study, all evaluations were done by
following the principles of CEN/EN408 but having a
gauge length equal to the total specimen depth.

Fc,90,max

F

1

2

Δh
h

Δh
0.01 h
Figure 2: Test method according to EN408[4]

The CPG strength in CEN/EN408 is defined as the
intersection of a line (2) parallel to the linear part of the
load-displacement curve, line (1) that is off-set by 1% of
the standardized specimen depth, Figure 2. In load cases
B to G, where the test specimen dimensions deviate from
the standard specimen, the same method is employed to

determine the CPG strength. The deformations are
plotted in [mm] and not in percentages of the specimen
depth, the reason being that in the loading categories G
and H it is not the whole specimen depth which is
affected by the CPG stresses, Leijten et al. [8].
Furthermore, when the depth of the test specimen differs
from the standard 90mm, the 1% off-set line (2) is offset 1% of the actual specimen depth. Only for category
D and E the 1% off-set refers to half the specimen depth.
All the test data mentioned in this study used test
specimens of European Spruce (Picea Abies)
conditioned at 20± 2°C and 65±5% RH which results in
an equilibrium moisture content of about 12%. The
average standard CPG strength is found to be 3,15
N/mm2, Table 1. Hoffmeyer et al.[19] reports tests on 74
sawn timber specimens and 120 glued laminated
specimens having a mean CPG strength of 2,9 N/mm2
Table 1: Overview of standard CPG strength
Mean
Specime
Spruce
fc,90
n
Number
Source
[N/mm2]
)1
of tests
Riberholt [9]
3,3
24
ST
Augustine et al.[10]
3,31
62
GLT
Poussa et al.[11]
2,80
200
ST
Hansen [12]
2,70
30
ST
Bleron et al.[13]
3,01
22
GLT
Hardeng [14]
3,69
8
GLT
Lathuilliere et al.[6]
3,26
42
GLT
Ed et al.[15]
3,12
6
ST
Lantinga et al. [16]
2,65
10
GLT
Goeij [17]
3,13
24
ST
Levé et al. [7]
2,51
48
ST
Mahangoe [18]
2,80
10
ST
Mean
2,81
342
ST
Mean
3,22
144
GLT
Overall mean
2,93
Total 487
)1 Type; ST=sawn timber; GLT=glued laminated timber
which corresponds with Table 1 overall average taking
into account the number of ST and GLT specimens.
Nevertheless their results are not included in Table 1 as
they didn't perform the tests according to EN408 with
the deviation mentioned under Load Cases. One of the
conclusions in [19] was that the CPG strength does not
change significantly with the specimen dimensions. This
was later confirmed by Augustine et al. [10] for glued
laminated Spruce specimens of 300 and 600mm depth.

4 DESIGN MODELS
For structural calculations the design engineer needs
specifications how to determine the CPG lower 5%
strength capacity. An overview of the models used by
the building design codes in the last decades show an
abundance of methods indicating a difficult to tackle
problem. To mention a few models in the design codes,
CIB Structural timber design code, 1983, NDS2015,
AS1720, NZS3603, DIN1052, EN1995-1-1. Most of the
strength capacity models are empirical in nature and are
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very simple. Models that were published after 1983
usually followed Eq.(1) as starting point.

𝝈𝒄,𝟗𝟎 =

𝑭𝒄,𝟗𝟎
𝒃∙ 𝒍

≤ 𝒌𝒄,𝟗𝟎 ∙ 𝒇𝒄,𝟗𝟎

(1)

where: σc,90 is the actual CPG stress based on the load
Fc,90 divided by the loaded surface area (b is the width
and l is the parallel to grain loaded length); kc,90 is a
parameter that accounts for influencing factors like,
moisture content, wood species, and load case; fc,90 is the
standard CPG strength value.
The design model now in use in Eurocode 5 is based on
research by Madsen [20] and later modified by
Görlacher and Blass [21], presented in Equation (2) with

𝜎

,

=

,

∙

≤

𝑘

,

∙𝑓,

(1)

kc,90 values given in Table 2. The background for the
introduction of an effective length, lef instead of the
actual loaded length l is to account for the contribution
by the rope effect of wood fibers adjacent to the loaded
area. This rope effect proposed by Görlacher and Blass
Table 2: kc,90 according to Eurocode 5 [22]
l1 ≥ 2h
ST
GLT
l1 < 2h
l≤ 400mm
l1 > 400mm
LS
1
1,25
1,5
1
CS
1
1,5
1,75
1
LS=local support; CS=continuous support; ST=structural
timber; GLT=glued laminated timber.
as determined with Madsen's test is 30mm at maximum.
The nature of the tabulated kc,90 values result in
unrealistic jumps in the design capacity. Especially if the
loaded length of a support is close or slightly more than
400mm, the kc,90 value drops from 1,75 to 1,0 applicable
to glued laminated beams. The background for these
jumps is unknown.
The only design model based on a physical theory is
presented by Van der Put in 1990 [23] and is found to
have a high potential [24]. The model is based on the
assumption that the compressive stresses spread as in an
isotropic material as if the effect of the relative stiff
fibers parallel to grain can be ignored. These stresses
distribute over the depth of the material according to the
yield or slip line theory. The degree of spreading
depends on the deformation as shown in Figure 3. From
theoretical considerations it follows that at the onset of
yielding the compressive stresses spread by 1: 1 (450
degrees) and for large deformations of about 10% the
spreading angle is 1:1,5 (340 degrees). This is in
agreement with findings by [25] who in 1982 reported

Figure 3: Assumed spreading of compression stresses

The same spreading ratio for CPG stresses to die out.
The theory applies generally and therefore is assumed to
be wood species independent. The model is given by
Equation (3).
𝜎

,

=

,

≤𝑘

∙

∙𝑓,

,

→𝑘

,

=𝑘

(3)

were lef is the effective or spreading length parallel to the
grain as shown in Figure 3; k is a correlation factor to
cater for differences in model prediction and
experimental results. Although it is suggested in v.d.Put
[26] that for load case B theoretically this k-factor is
approximately 1,1 for all other cases the suggestion is
k=1,0. The effective length is restricted by the geometric
(dimensional) boundaries of the beam or by nearby
spreading stresses, Figure 4. For situations where the

Figure 4: Restrictions for the effective length

support conditions are not continuous but discrete as in
load cases G and H, Figure 1, previous models did not
provide any guidance for the design engineer. In Leijten
et al. [27] it was shown that for load cases G and H the
depth of the spreading stresses is limited to a maximum
of 140mm or 40% of the beam depth, whichever is the
smallest, Equation (4)
𝑘

,

= 𝑚𝑖𝑛

140𝑚𝑚
0,4ℎ

(4)

where h is in mm. The last and most recently published
model by Lathuilliere et al. [6] is actually a semiempirical model. Although the derivation initially
follows analytical principals, the introduction of
arbitrarily fixed values for certain parameters brings it
down to a fitting procedure. The model is presented as:
𝜎

,

=

where:
𝑘

,

=1+

,

,

∙

∙

≤𝑘

∙

,

(5)

∙𝑓,

∙ ∙ 𝑘 .𝑘

∙𝑛

with:
𝑘

𝑖𝑛 𝑐𝑎𝑠𝑒 𝑜𝑓 𝑏𝑒𝑛𝑑𝑖𝑛𝑔

=

𝑓𝑜𝑟 𝑎𝑙𝑙 𝑜𝑡ℎ𝑒𝑟 𝑙𝑜𝑎𝑑 𝑐𝑎𝑠𝑒𝑠

(in [6] the values are reversed accidently)
𝑘

=𝑏

.

(6)
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𝑘

sources allowed the assessment of the CPG stresses at
10% deformation and for that reason the number of test
results in the last column of Table 3 are different from
the third column. Again, load case B is studied most at
10% deformation having still 30 test samples with 220
test results (42% of a total of 524).

1.51 𝑑𝑒𝑠𝑐𝑟𝑒𝑡𝑒 𝑠𝑢𝑝𝑝𝑜𝑟𝑡
=
1.85 𝑐𝑜𝑛𝑡𝑖𝑛𝑢𝑜𝑢𝑠 𝑠𝑢𝑝𝑝𝑜𝑟𝑡

𝑛 =

1 𝑒𝑛𝑑 𝑠𝑢𝑝𝑝𝑜𝑟𝑡
2 𝑓𝑜𝑟 𝑖𝑛𝑡𝑒𝑟𝑚𝑒𝑑𝑖𝑎𝑡𝑒 𝑠𝑢𝑝𝑝𝑜𝑟𝑡

where fv the shear strength; fc,90 the standard CPG
strength; ht the beam depth; l the length parallel to grain
of the loaded area; b width of the loaded area

5 THE TEST DATA BASE
A literature search results in many reports dealing with
CPG. Besides strength and stiffness data, there is also
information about factors that influence these properties.
These are the wood species, load case, moisture content,
specimen shape, annual ring orientation, etc. All of these
have drawn attention and have been investigated. They
form a value source of information however most tests
have not been performed according a common method
nor is the CPG strength defined in the same way. For this
reason most of the older even pre-WWII tests had to be
ignored. The remainder consists of test data taken from
fourteen literature sources [6-18, 28]. The test specimens
varied in dimensions as to cover what can be expected in
building practice from a loaded length (parallel to grain
dimension) of 40 to240mm, a loaded width (specimen
width) from 40 to 210mm and a specimen depth from 40
to 600mm. More detailed information about the
dimensions of the test specimens is given in Leijten [29].
On the load-deformation curve of each test two points
are of interest. The first value related to the onset of
yielding determined with the off-set line as shown in
Figure 1 and the second the CPG stress at 10%
deformation. The total number of test samples is 104
with 1017 test results in total for the on-set of yielding
deformation and 59 samples with 524 test results for
10% deformation. The number of samples are very
unevenly distributed over the load cases. For instance,
for the on-set of yielding, 39 samples with 332 test
results (one third of the total) deal with load case B
while a few tests have been reported for load case C.

6 EVALUATION OF MODELS
Although statistical analyses deliver values for key
parameter to quantify differences between models, a
graphical representation is added to show what statistical
values leave to imagine. The figures that follow show the
model prediction of the three models mentioned above
versus the test samples mean results being the models by
Van der Put, Eurocode 5 and Lathuilliere, respectively.

Figure 5: Test results versus Van de Put model prediction..

Table 3: Overview of samples and test data per load case

load

cases
B
C
D
E
F
G
H
J
Total

onset of
yielding
n samples
39
4
15
3
14
21
8
3
104

Number
of tests
#
332
4
153
51
240
180
30
30
1020

10%
deformation
n samples
30
0
2
1
6
17
0
3
59

Number
of tests
#
220
0
37
14
70
153
0
30
524

Table 3 shows the number of samples as well as the total
number of test results per load case. For the two load
cases G and H, the distance between the support and the
load is at least 2,5 the specimen depth. Not all the

Figure 6: Histogram of the Van de Put model prediction amd
test results ratio.

These figures are complimented with a histogram of the
ratio values of the model prediction and test sample
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mean value with appropriate mean and standard
deviation. In addition a fitted normal distribution curve
is presented.

Figure 7: Test results versus the Eurocode 5/A1 model
prediction.

Figure 10: Histogram of the Lathuilliere model prediction and
the test results ratio.

In Table 4 an overview is given about the statistical
mean and standard deviation of the fitted normal
distributions of the histograms for the on-set of yielding
as well as for 10% deformation, although the graphs of
the histograms of the latter are not presented here.
Table 4: Overview of the statistical parameters of the
histograms of Figures 6, 8 and 10.
Model
On-set of yielding
10% deformation
Mean
Stand. dev
Mean
Stand.
dev
Van der Put
0,99
0,166
0,83
0,132
Lathuilliere
0,93
0,229
0,65
0,170
EC5-A1
1,30
0,328
0,99
0,237
Figure 8: Histogram of the Eurocode 5 model prediction and
the test results and ratio.

Figure 9: Test results versus the Lathuilliere model prediction

In the analysis above all test data has been considered
irrespective of the load case, Figure 1. To check if the
models perform differently per load case and
deformation, the same evaluation is repeated but for each
load case separately, Table 5. From this Table it follows
that again the Van der Put model is the most consistent
for the onset of deformation. The frequently in building
practice occurring load case B is on average +10% to
low. This is in contrast to the Lathuilliere and EC5/A1
model in which predictions are respectively +9% and
+37% too high. Even for load cases H and J the EC5/A1
model is out by more than +30%. An effort was made to
improve the performance of the Van der Put model by
making use of the parameter k in Equation (3) and the
deviations from the ideal ratio of 1 to apply a k = 0,9 for
load case B and k= 1,15 for load cases C, H and J for
instance. However, this didn't significantly improve the
overall performance of the model nor did the standard
deviation decrease much.
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Table 5: Overview of model performance per load case.
Load
case

Samples
#

Tests
n

B
C
D
E
F
G
H
J
mean
St, dev
Var.co.
Total

39
4
15
3
14
21
8
3

329
4
153
51
240
180
30
30

104

1017

30
0
2
1
6
17
0
3

220
0
37
14
70
153
0
30

59

524

B
C
D
E
F
G
H
J
mean
St. dev
Var.co.
Total

Mean prediction / test result
Vd
Put
1,09
0,88
0,97
0,97
0,92
0,99
0,89
0,85
0,96
0,08
8%
0,81

Lathuilli EC5/A1
ere
Onset of yielding
0,90
1,37
0,65
0,83
0,89
1,16
0,86
1,23
0,81
1,18
1,13
1,39
1,14
1,32
0,73
1,14
0,91
1,21
0,17
0,18
19%
15%

Figure 11: Model prediction ability versus loaded length
.

10% deformation
0,59
0,93

0,88
0,94
0,87
0,91

0,66
0,76
0,63
0,83

1,21
0,98
1,01
1,07

0,85
0,88
0,04
8%

0,69
0,70
0,09
13%

1,14
1,06
0,10
9%

The Eurocode 5 model currently in use by building
practice is the not best performing. The main cause of
this is the inability to account for the differences in the
depth of the beam and the jumps in the kc,90 values, Table
2. At 10% deformation, the CPG strength increases by
about 15% as compared to the onset of yielding. Since
neither the EC5 model nor the model of Lathuilliere take
into account the level of deformation, these models
automatically give a lower ratio values. Furthermore,
since the EC5 model substantially overestimates the
CPG strength at 1% deformation, by change it gives a
good prediction at 10% deformation. In contrast the Van
der Put model is the only model that acknowledges the
increased CPG strength at 10% deformation; although
apparently not to the extent of the test results, Table 5.
Nevertheless being the only of the three models
accounting for this increase, the Van der Put model is
the most appealing.
There are obviously many more variables to check with
the models. One of them is the length of the loaded area
or the (effective) depth of the test specimen versus the
strength prediction/test data ratio. In particular the
(effective) depth might be of interest as for instance a
10% deformation of a 40 mm depth specimen is very
different from a 400 mm specimen. How the models
cope for the onset of yielding deformation with these
differences is presented for all load cases and for load
case B as the most frequently tested, in Figure 11 and 12,
respectively. In both figures the EC5/A1 model tend to
be well represented in the non-conservative part (>1,0).
On average in both figures the EC5/A1 model results in
a non-conservative approach.

Figure 12: Model prediction ability versus the (effective)
depth.

7 PRACTICAL ISSUES
Code writers can sometimes be confronted with
conflicting situations when current practice allows
higher values than new proposed and scientific validated
models predict. Specifically in the Scandinavian
countries design compressive strength values are very
high as mentioned in the introduction. Adoption of the
best design model presented in this study by the new
Eurocode 5 (2020) would bring the design values down.
The fact that the current design model in Eurocode 5
didn't result in failures is probably caused by the fact that
overload situations hardly ever occur. Confronted with
this situation the Eurocode 5: 2004 specified an option to
increase the design capacity if the deformation up to
10% would not impair the structural safety of the timber
structure. The model by van der Put considers this 10%
deformation as an alternative limit state. Still the design
values might be too low for the industries in the
countries mentioned above. There are several options to
even allow further increase of the design capacity. The
characteristic compressive strength is multiplied by a
kmod accounting for load duration and moisture and
divided by the partial material safety coefficient (γ=1,3).
The latter is derived from situation where brittle failure
is expected. Plastic failure modes like compression
perpendicular to grain have in this respect not been
considered. It seems reasonable to lower this coefficient.
In the Eurocode committee a discussion to do so is
imminent.
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8 CONCLUSIONS
The main aim of this study is to give a state of the art of
the available test data of compressive perpendicular to
grain (CPG) strength for the wood species Spruce (Picea
Abies) and to test the predictive ability of three models.
Test data of a great number of sources is collected which
all had a common test method and definition of the CPG
strength. Eight load cases are distinguished and the
predictive ability of three models is compared at the
onset of yielding as well at 10% deformation. The three
models selected are the latest published empirical, semiempirical and physical models as given by the Eurocode
5/A1 [22], Lathuilliere et al. [6] and Van der Put [26],
respectively. Considering all eight load cases it can be
concluded that the best and most consistent and accurate
model is the physical Van der Put model [26]. Compared
to the Eurocode 5/A1 model it requires hardly more
calculation effort. The Eurocode 5/A1 model currently
applied by practice is the least of the three models
evaluated.
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THE STANDARDISATION CHAIN IN EUROPE:
MATERIAL – DESIGN – EXECUTION
Tomi Toratti
ABSTRACT: The present paper describes the current status and future outlook on the EN standardisation field related
to timber engineering and timber construction. This discussion is focused on the interlinkages of material, design and
execution standards. The current major aim is to promote the ease of use in European standardisation and some
achievements in this direction have been done, however, there remains work to be done to make the tasks of
professionals using the standards easier. One aspect is the need to obtain a large number of standards to perform a task
as for example the design values are not found in the design standards but in the material standards. Another point is the
lack of EN level execution standards for timber construction, these should be developed as the design rules should be
reflected on the execution rules. The paper summarises the near future needs to promote the ease of use of Eurocodes
and the needs to correct the lack of compatibility between standards in the mentioned standard-chain.

KEYWORDS: Standards, Materials, Design, Execution, Eurocodes, Ease of use

1 INTRODUCTION 123
The production of an EN standard is a very time
consuming and laborious process. This involves
discussion between several stakeholders within a
European member state as well as discussions and
compromising between the member states. On top of
this, when related to building products, the European
commission checks that the construction products
regulation is followed. It may be estimated that in theory
the development of a harmonised EN standard takes at
minimum five years. Experience has shown that between
5 to 10 years is more realistic.

as: TC 38 Durability of wood, TC112 Wood based
panels, TC 175 round and sawn timber and TC 124 on
structural timber products. Other technical committees
are more horizontal, elating to all building materials.
Building design standards, the Eurocodes, are developed
in technical committee TC 250 with a defined scope as:
‘Standardization of structural design rules for building
and civil engineering works taking into account the
relationship between design rules and the assumptions to
be made for materials, execution and control’. The
timber design standard, Eurocode 5, is developed in a
sub-committee as TC250/SC5.

A harmonised EN standard (abbreviated as hEN) is the
core document related to building materials used in
construction, where the main engineering properties are
given and the quality control procedures are explained.
This is the basis for CE-marking.
Figure 1 presents the organizational concept in standard
production in Europe. In this figure it is adapted to
related organisations in Finland, in other countries the
involved organisations are of course different, but the
same principle applies. The main body is standardisation
committee CEN, within which the technical work is
carried out. In CEN several technical committees have
been established. Some of these are timber specific such
1

Tomi Toratti, Federation of the Finnish Woodworking
Industries, Finland, tomi.toratti@woodworkingindustries.fi

Figure 1: Organisations involved in EN standardisation when
applied to the case of Finland.
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2 STANDARD GROUPS MATERIAL,
DESIGN AND EXECUTION
In a building project, building materials are used, design
methods are applied and execution methods are followed
in the construction works. As this is a continuous process
chain, it is self-evident that standards related to
production of building materials, design methods and
execution of works have to be compatible. Figure 2
presents the main titles dealt in these standard groups.
As examples of compatibility checks are the following.
The same references, terminology and symbols have to
be applied as a minimum in all the standards. The
material properties given in material standards have to be
applied in the design equations. The product intended
use defined by the producer has to be respected in the
design and during the execution on site.
As the standards are produced in different technical
committees and in some cases with limited expertise of
applied building technologies and more on industrial
production some misinterpretations may and have risen.
Coordination of standardisation between the technical
committees is essential and such events have been
organised during the last years.
As the design methods (Eurocode) is central, it is natural
to verify from the design point of view that:
a) what requirements and information are needed from
material producers to the design methods applied in the
design standard,
b) what requirements on the execution is assumed or
taken for granted by the design methods,
additionally
c) the material intended use conditions dictated in the
material standard shall be respected during the
execution.
These points will further be discussed in the following.

Figure 2: The three standard groups and some central titles of
their main contents.

3 MATERIAL STANDARDS
Related to material standards, at present there are eleven
wood material EN standards (and two more are in the
pipeline), which are named as harmonised product
standards reflecting that these give a complete
description of the material basic properties in a
harmonised manner across all the building materials
(hEN’s as defined above). These standards are given in
table 1. These describe the full material property lists
associated with the product (properties addressed in the
mandate) along with the quality control schemes, CEmarking procedures and declaration of performance
documents.
Table 1: Harmonised material standards that are published or
under work

Standard
EN 13986
EN 14250
EN 14374
EN 14342
EN 14080
EN 14081
EN 14915
EN 14545
EN 14592
EN 14229
EN 14732
EN 15497
EN 16351

Short title
Wood based panels
Nail plate trusses
Laminated veneer
lumber LVL
Wood flooring
Glulam
Strength graded timber
Panelling and cladding
Connectors
Dowel type fasteners
Wood poles
Timber elements
(under preparation)
Finger jointed timber
Cross laminated
timber CLT
(not published yet)
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4 EXECUTION STANDARDS
4.1 Introduction
Related to execution standards, timber is the only
material (from the main building material groups) where
an execution standard does not yet exist in the EN level.
Currently CEN/TC250/SC5 is drafting such a standard in
working group 9 (there is a separate paper on this subject
in this conference in the execution session).
At present, execution standards exist at the European
level for concrete, steel and masonry construction. For
timber construction such standards do not yet exist.
However, in several European countries as well as at
least in Canada and Australia, national standards or
guidelines for the execution of timber structures have
developed.







In Finland, the national execution standard for timber
construction has recently been published: SFS 5978:2014
Execution of timber buildings – Rules for load-bearing
structures of buildings [6]. In this national standard,
quality requirements are set for the design and
construction of timber buildings, so that sufficient
overall quality of the building can be ensured and that
the building is built as it has been designed.
Attention towards execution guidelines are also found in
recent publications from Australia on fire during
construction (England, 2014) [2] and moisture controls
(MacKenzie, 2012) [4] and on tall timber buildings in
general in Canada (Karacabeyli and Lum, 2014) [3].
Such initiatives when followed will set a level on the
quality of timber construction.
4.2 Scope of an execution standard
Until now, the scope of an execution standard for timber
construction has not been fully discussed or agreed at the
European level. Additionally, the different structural
materials have their execution standards structured in
varying ways and there would also be a need on
harmonizing the structure, contents as well as the scope
of these different execution standards.
The scope of an execution standard is on the quality
assurance of the end-product (which is the building)
quality through execution rules, which are achieved by a
functional cooperation among the project partners,
sufficient coverage and quality of the design and on the
documentation to be produced for the construction
process. The standard should describe at least the
following subjects:



The project description – A description of the
project including all relevant information
The moisture control plan –Control of moisture
during the building site work, weather
protection methods applied, material storage
conditions and the related inspection scheme.



This involves a cohesive plan on how moisture
safety is achieved during the works,
The assembly plan – The assembly of
prefabricated elements is a very central part of
the execution of a building. Usually an
assembly plan is required. This plan defines the
responsibilities of the parties involved and
solutions for Structural stability during each
phase of the erection,
Tolerances of assembly – Description of
tolerance classes and tolerance values for the
construction works, manner of measuring and
the checking scheme.
The quality assurance on the building site –
Quality control procedures to follow. Definition
of the parties involved, their tasks and
responsibilities, quality control measures and
inspection schemes. Execution classes: relevant
execution classes could be defined based on the
consequence classification (EN 1990 annex B)
and on the execution difficulty level assumed.
This should be directly linked to the quality
assurance scheme to be applied (the level of
checking).
Fire safety during the site work,

It is proposed here that the execution standard shall
cover all the building site work and related quality
control measures from the end of the design phase all the
way to the stage of the finalized building. The recently
published Finnish execution standard [6] does actually
spread somewhat wider than this as quality aspects of
design are also stated, as well as the ensuring of good
communication between design and building site work.
This initial point may vary as design work and on-site
build work are often carried out simultaneously. The
execution standard should cover the aspects related to
the planning of the execution works. This should not be
mixed with the design work of the structures.
The execution standard shall be based on producing the
building with the intended level of quality given the
design documentation as the starting point.
Two different targets for execution may be given:
1. To apply such a level of execution that the
design rules given in the design standard apply.
This could be related to assembly tolerances of
elements and moisture/weather protection of
construction works for instance.
2. To apply execution rules which are known to
produce sufficient quality level, work safety and
which is economically sound based on earlier
experience.
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5 REQUIREMENTS COMING FROM
THE DESIGN STANDARD TO THE
MATERIAL STANDARDS
5.1 Introduction
Material standards give the information needed in the
design of structures regarding the material properties.
This link between material and design standards is
evident. Therefore material related information has to be
based on common principles and this sets needs on
cooperation between technical committees drafting these
standards.
5.2 Terminology and symbols
Material standards have to follow the same terminology
and use the same symbols as presented in the design
standards. This should be so in order to avoid
misunderstandings. Some terminology standards exist,
but these are from very specific fields of wood
technology. A common Timber engineering terminology
standard would be helpful. Ideally common terminology
and symbols should apply across all material design
standards. This is not always fulfilled in the case of
Eurocodes, specially related to symbols.
5.3 Material properties
The material property characteristic values, which are
used in limit state design equations, have to be based on
the same underlying statistical principles as given by the
safety format and assigned safety factors considerations
of design standards. This is required to achieve a
common target reliability level.
5.4 Durability
Addressing durability of materials or structures is more
difficult as there does not exist a commonly agreed
design method for such service life considerations. At
present the durability is classified in material standards
by the natural durability class of the wood species for
instance. It is known however that durability and service
life is also significantly influenced by the structural
design (structural protection) as well as by the level of
workmanship during the production and construction
(execution).
Durability is therefore influenced separately by all the
three standard groups: material, design and execution
standards. In addition, this does not rule out of possible
coupling between these influences.
In any case the intended use as given in the material
standard has to be followed. Here, consideration on the
durability performance is usually the basis. Presently in
material standards however, the intended use is defined
in very general terms and this is not always useful or
provide much additional information.

5.5 Production tolerances
Material tolerances which are due to production methods
need to be stated in the material standards. These should
not be mixed with the assembly tolerances of elements,
which are more related to execution. The material
production tolerances have to consider possible
alterations of the moisture content. Experience has
shown that there is generally no difficulty in the design
or execution stages to handle the disturbances caused by
material tolerances. These have to be known however.
5.6 Other possible deviations between material and
design standards
Often material standards give additional factors or
differing values for existing factors which are needed in
the design. This is specially the case where the wood
product has been newly developed/released and has
therefore not been considered in the design standard
published earlier. In following standard revisions this
should be corrected with updates.
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6 REQUIREMENTS COMING FROM
THE DESIGN STANDARD TO THE
EXECUTION STANDARD
6.1 Introduction
The design documentation defines a set of requirements
to the execution of the building. It is self-evident that the
design as such has to be followed in the building phase.
In addition, there are a set of requirements for execution
which are embedded in the design methods and therefore
are conditions to be followed in the execution for the
design assumptions to apply. Such requirements for
execution are for instance as the examples in the
following sections. There may be other such
requirements as well and it would be important to
identify these.
6.2 Tolerances related to the assembly of elements
As the assembly of building parts and elements can
never be done with exact precision, there has to be an
assembly tolerance for which the design equations still
apply. If wider tolerances should be applied, this should
be allowed if it is considered in the design and
alterations to the design equations or additional loads
may apply. Considering the tendency towards an
increased degree of prefabrication, defined tolerances are
necessary to be agreed on and followed. Well-defined
and agreed tolerances will simplify the communication
between the different parties.
Tolerances are needed for:
1.
2.
3.

4.

Material sections, which are given in product
standards,
Prefabricated elements, which should be given
in a product standard (when finalised),
Connection and fastener placings, which should
be given in the execution standard and in the
design provisions,
Assembly of elements/parts on the building site,
which should be given in the execution standard

Tolerance classes for the assembly may be defined and
these should be dependent on the execution
class/consequence class of the building reflecting the
importance of the tolerances on safety or serviceability
of the building. The material tolerances are given in the
relevant product standards (where available) and the
assembly tolerances should be agreed together with the
building contractors, code writers and designers in
cooperation. Such discussion has to be taken, at least in
the national level.
6.2.1

Tolerance for compressed members

For compressed members the stability criterion in
Eurocode 5 limits the straightness of members to L/300
for solid timber and L/500 for LVL and glulam. These
are also given in the respective EN product standards.

This is a basis also for the max assembly tolerance for
wall straightness of ± 1.5 ‰ as in reference [6], which
leaves some bow or crookedness for the member itself.
If this is not fulfilled additional eccentricity loads should
be considered in the structural design. This is specially to
be considered in tall buildings and in multi-storey
buildings.
6.2.2

Tolerances for connections

For connections there are many tolerance measures to be
considered. A set of tolerances as given in SFS 5978 [6].
These tolerances may be on the placement of the
connection itself, the measure and placement of the holes
if predrilled, spacing’s and edge distances etc. These
tolerances should be considered in the design equations
themselves. However, the present tolerance values are
driven more by the practice: what is economically
achievable with the applied production technologies. An
interesting tolerance measure is also the support length
where compression perpendicular to grain prevails from
the reaction force of the horizontal member. In SFS 5978
[6] for this measure a -10 mm tolerance is allowed and
no plus tolerance is needed. This value is solely based on
engineering judgement.
6.3
Moisture control
The design is carried out for a defined service class. This
boundary condition is to be followed during the
execution. This may require special weather protection
means for the execution. In some cases it may be
allowed to carry out the execution in a higher moisture
condition and then dry out before the execution is
finalised or before the structures are insulated and
closed. The designer should instruct the protection
means for the works in such cases as well.
Moisture control during the execution is of vital
importance when building with wood. A moisture
control plan, can ensure sound construction with minimal
undesirable moisture influence. At first, a level of
weather protection in the building process must be
defined. Further, all stages must be followed from
fabrication, transport, delivery, storage, assembly and
use.
A moisture control plan should cover the whole chain of
production and building process of the timber structure.
It shall be ensured that the contractor follows the
moisture control plan.
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The content of the moisture control plan is proposed as
the following:
1.

Basic information of the building project (address
and other coordinates of the building site, the person
responsible for the construction on site, the main
author of the moisture control plan),

2.

List of wood materials and products to be used in
the construction site,

3.

The target moisture content of wood and wooden
elements at different stages of the production,

4.

The target moisture content of wood and wooden
elements when delivered to the building site, during
assembly and when the building is finalized,

5.

Inspections on site and the person responsible for
them,

6.

Possible sources of moisture in the building site (for
instance, rain, snow, ground water etc.),

7.

The protection level (class 0-3) chosen for the
building phase and an estimate on the necessary
protection duration,

8.

9.

The protection of wood on the building site:
- storage method and protection of storage
- protection during assembly (as determined by the
protection level)
- drying methods applied for wood that has gained
moisture (for some reason),
Controlled drying of structures to the service
conditions of the building
- analysis and prevention of risks caused by
moisture, rain among others
- sensitivity of the project to unfavourable weather
and other exceptions
- determination of moisture contents of wood,
drying times and appropriate drying conditions
- organizing of drying conditions
- effects of onsite schedules (contingency plans),

10. Moisture measurement plan (measurement method,
scheduling of measurements, documentation and
person responsible)
6.3.1

Design moisture content

When designing with Eurocode [1], the following
service classification (moisture content) applies:
In heated internal conditions, timber structures are
design to service class 1, in which case the mean
moisture content of wood shall be below 12 % (RH 65
%, 20oC).
In sheltered unheated conditions, timber structures are
designed to service class 2, in which case the target
moisture content of wood shall not exceed 20 % (RH 85
%, 20oC).

In practice, the internal air humidity of heated buildings,
especially in large halls, may be very low during winter
times. The moisture content of wood may decrease to
even less than 5 % during the winter and during the fall
it may increase to about 12 %. In sheltered unheated
conditions the moisture content of wood may vary
during the year between 12 – 18 %.
6.3.2

Moisture content of wood during delivery to
building site

The moisture content of wood products at delivery varies
greatly depending on the product. Unless otherwise
agreed, the following delivery moisture contents may be
assumed:
- sawn timber is delivered usually air-dried at 15 – 25
%. Due to risk of mould growth this should be lower
than 20%.
-

glue laminated timber is usually delivered at a
moisture content of 10 - 12 %

-

plywood and laminated veneer lumber are delivered
at a moisture content of 8 – 10 %

-

if delivered from storehouse the moisture content of
glued laminated timber, plywood and laminated
veneer lumber may be 20 % at most

Suitability of the moisture content measurement
instrument for the actual product shall be checked.
6.3.3

Moisture during construction

Often during the storage and assembly phases, the wood
moisture content increases, except for sawn timber
which is delivered usually at a high moisture content and
this continues to dry on the building site. On the building
site, during storage and assembly, the material moisture
increase may be controlled with weather protection.
The drying of wood should be carried out sufficient
slowly so that drying cracks would not develop.
Controlled drying is especially important with massive
cross sections. Drying conditions shall be such that the
difference between measured moisture content and
equilibrium moisture content of the drying conditions is
at most 6 %. If the need of the drying of wooden
members is more than that, the drying shall be arranged
in phases. The structure is not allowed to be sealed
(covered, coated) before the desired moisture content is
achieved.
6.3.4

Weather protection levels

In the moisture control plan and in the assembly plan,
the level of weather protection is decided. During the
selection of the weather protection level, exceptional
weather conditions and additional moisture caused by
the construction activities should be considered.
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The weather protection levels as defined in SFS 5978 [6]
and the respective moisture contents expected are:

7 CONCLUSION

0.

Protection level 0, no protection:
- moisture content depends on the climate and
may not be assigned
- recommended only in winter climates (freezing
temperatures) and in short durations
- ground contact is not allowed

In this paper, some thoughts and future outlooks are
given on EN standardisation related to timber
engineering and timber construction. The discussion here
is focused on the interlinkages between material
standards, design standards and execution standards.

1.

Protection level 1, plastic or tarpaulin covering:
- Expected moisture content below 20 %
- sufficient ventilation shall be ensured

2.

Protection level 2, sheltered:
- Expected moisture content below 20 %
- more reliable than level 1

This is an attempt to achieve a holistic approach on the
quality assurance of timber construction and to enhance
the competitiveness of timber products in the building
sector.

3.

Protection level 3, internal conditions or a tent with
heating:
- moisture content below 15%

6.4
Assembly plan
The assembly of prefabricated elements is a very central
part of the execution. Usually an assembly plan is
required (often by the building law). This plan should
define the responsibilities of the parties involved and the
solutions for:




Structural stability during each phase of the
erection,
Fire safety during the construction site work,
Control of moisture during the site work,
protection methods, element storage and related
inspections

The design methods applied may have provisions on the
applied assembly methods. Typically the assembly of
nailplate truss roofs is such, where the element lifting,
different load cases and bracing requirements in the
erection stages are to be considered in the design.
The assembly plan is a building project specific and
requirements set in the moisture control plan have to be
taken into account. Working methods for the safe
assembly of timber structures are presented in the
assembly plan.

Ideas and proposals have been presented for the contents
of a future EN standard for the execution of timber
structures. At present no such EN level execution
standard exists. National standards or specifications on
this do however exist.
To assure compatibility between material, design and
execution standards, it will be important to identify all
the requirements that the design procedures impose on
the execution phase of the building.
In the present paper, such identified cases of
compatibility between design and execution (in another
words requirements that the design imposes on the
execution) are at least
a) the tolerances for the assembly of elements and
connections,
b) the moisture content limits for wood products during
execution.
Also the compatibility between material and design
standards has to be fulfilled. The same background
assumptions behind the declared material characteristics
as well as common terminology and symbols are to be
applied.
There could also be other overlapping conditions behind
the design equations that set provisions for the
execution. These should be identified.
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CLT BUILDINGS LATERALLY BRACED WITH CORE AND
PERIMETER WALLS
Andrea Polastri1, Cristiano Loss2, Luca Pozza3, Ian Smith4
ABSTRACT: In this work the behaviour of hybrid multi-storey buildings braced with Cross-Laminated-Timber (CLT)
cores and shear-walls is studied based on numerical analyses. Two procedures for calibrating numerical models are adopted
and compared to test data and application of provisions in current design codes. The paper presents calibration of
parameters characterising connections used to interconnect adjacent CLT panels and building cores, and attach shear-walls
to foundations or floors that act as eleveted diaphragms. Different case studies are analysed comparing the structural
responses of buildings assembled with „standard‟ fastening systems (e.g. hold-downs and angle-brackets), or using a special
X-RAD connection system. The aim is to characterize behaviours of connections in ways that reflect how they perform as
parts of completed multi-storey superstructure systems, rather than when isolated from such systems or their substructures.
Results from various analyses are presented in terms of principal elastic periods, base shear forces, and uplift forces in
buildings. Discussion addresses key issues associated with engineering analysis and design of buildings having around five
or more storeys.
KEYWORDS: CLT core, experimental tests, innovative connectors, seismic response, shear-walls, timber buildings

1 INTRODUCTION 123
Except for low-rise houses traditional timber buildings
typically employ so-called heavy-timber post-and-beam
arrangements to resist effects of gravity loads. In such
cases timber cross-bracing elements, non-timber frameinfill materials or masonry walls are used to resist effects
of lateral loads (e.g. earthquake or wind) [1, 2]. Some
modern timber-based construction technologies are similar,
but others emerging approaches employ Cross-LaminatedTimber (CLT) shear-walls located in building cores or
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elsewhere in superstructures to resist effects of lateral
loads. Such systems having CLT shear-walls that work in
conjunction with timber columns supporting gravity loads
have been built already. This reflects that they are
structurally efficient, and if overloaded fail in predictable
benign stable ways [1]. Other advantages include ability to
create large open interior spaces, reduced construction
costs, shortened on-site construction periods, and increased
quality control compared to alternative typologies created
from timber and other materials. However, at present there
remain gaps in technical understanding of how to optimize
structural behaviors of buildings having CLT shear-walls.
It is not yet, for example, fully clear which structural
configurations of CLT shear-walls are most efficient from
technical performance or cost perspectives. This not
having clearly defined what practical (as opposed to
hypothetical) ranges should be for the number of storeys or
spans of elevated floors should be. Similarly it is not clear
what are the trade-offs between in reducing or increasing
respective numbers of shear-walls or columns in systems
where both those types of element work together with
others (e.g. beams, floor slabs) to create an entire building
superstructure. The missing knowledge can be gleaned
from experimental studies and practical experience, but
those are resource and time consuming methods. The most
comprehensive relevant experimental investigations to date
addressed seismic performances of complete multi-storey
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buildings having CLT walls that resisted effects of all
gravity and lateral loads. Those tests were undertaken by
the Italian research organization CNR–IVALSA under the
SOFIE Project [3][4]. Other important investigations have
been conducted at the University of Trento in Italy [5]. The
industry led R&D organization FPInnovations in Canada
has undertaken tests to determine structural properties and
seismic resistance of CLT shear-walls based investigation
of reduced-scale three-dimensional structures [6]. These
mentioned and other studies [6] have enabled
characterisation of failure mechanisms in shear-wall
systems having horizontally interconnected vertically CLT
sub-plates and one or several storeys typical of what is
known as platform construction [7]. An in-depth
experimental study on shear and tension forces in CLT
connectors is ongoing at the Buildings and Construction
Laboratory (CIRI) of the University of Bologna [8].
Innovative connection methods that can create discrete
CLT panel-to-CLT panel, or CLT panel -other material
joints have been developed in Italy [9] for prefabricated
construction of mid-rise and high-rise buildings. This
method results in point-to-point mechanical connections
that only connect corners of individual CLT panels in ways
that fulfil hold-down and lateral shear resistance functions
associated with resisting effects of lateral loads on
buildings [9]. The particular or similar systems have the
advantage of making load-paths within superstructures
unambiguous, which is crucial to effective seismic design
of buildings. Tests have determined the best ways to make
point-to-point connections between CLT panels and steel
elements [10].
A 2014 World Conference on Timber Engineering paper
by Polastri et [11] examined the global response of entire
multi-storey superstructures braced with CLT shear-walls
located in building cores and additional locations, based on
three-dimensional numerical analyses of various
arrangements. They adopted two ways of calibrating
numerical models, with those ways being to use design
code or experimental test data to characterize how
connection systems within superstructures will behave.
The numerical analyses addressed seismic behaviour of tall
buildings constructed with new technologies or hybrid
steel-timber construction systems [12, 13].
Overall the literature on buildings constructed with CLT
shear-walls reveals crucial structural design issues to be
those pertinent to vertical continuity between storeys,
connections between elevated floors and building core
elements, and core-to-foundation and shear-wall-tofoundation connections.
Calls have been made for
development of standardized procedure leading to reliable
seismic design of superstructures containing CLT walls,
based on validated modal response spectrum analyses
covering a range of building configurations [14, 15]. This
includes issues related to in-plane behaviour of elevated
floors that act as diaphragms which will retain their shape
to a level that ensures proper functioning of complete

buildings during seismic (or strong wind) events. Also to
note is current seismic codes do not provide guidance on
the most crucial aspects of designing hybrid structural
systems that combine post-and-beam frameworks with
CLT cores and/or shear-walls. The primary issue is that
those codes do not address estimation of fundamental
elastic vibration periods (T1) of buildings and estimation of
force flows within superstructure systems. Compounding
this is uncertainty that engineers may have about how to
represent elements when carrying out design analyses that
support seismic or other structural performance related
aspects of design. Apart from estimation of T1, engineers
need to be able to estimate inter-storey drift accurately
[15].
This work presented and discussed here is aimed primarily
at providing design guidance for evaluating T1 which is
central to ability to design structures that combine CLT
shear-walls and post-and-beam substructures.

2 EXPERIMENTAL ANALYSES
Test data collected to characterize, stiffness, strength and
hysteretic behaviour of connections is a primary basis of
numerical models of building superstructures. This reflects
that when CLT plates or other structural elements are used,
use of appropriate connections is the most viable way of
ensuring proper behaviour of those systems during seismic
or other extreme loading events. Development of models
discussed below is predicated on connections being ductile
control elements and kinetic energy sinks, while CLT
elements respond elastically. In the present study
connection test data used was collected to characterize
connection stiffness according to „method b‟ specified by
EN 12512 [16]. Such date measures elastic and post-elastic
range responses of connections and enables determination
of characteristic load-carrying capacities Fv,Rk and slip
moduli kser calculated consistent with provisions in
Eurocode 5 [17].
2.1 MECHANICAL CHARACTERIZATION OF
TRADITIONAL CONNECTORS
The mechanical behaviour of connection systems for CLT
structures that employ thin metal elements fastened to
panels with nails or other slender metal fasteners is well
known [4], [19]. The behaviour of such connectors is
determined largely by the elasto-plastic response of the
fasteners, and to a lesser extent by the response of the steel
elements. Stiffness values assumed in the numerical
models described in Section 4 were calculated directly
from experimental data. The experimental results
presented below refer to tests carried out at CNR-IVALSA
[4], and the University of Trento [5]. Both sets of tests
were conducted according to the EN 12512 [16] loading
protocol, which employs a load-path characterized by
cycles of increasing displacement amplitude. The protocol
applies to structures in seismic regions. As suggested by
the standard, a preliminary monotonic test were undertaken
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to estimate suitable amplitudes of cyclic load excursions
(Figure 1).
Although initial stiffness values were calculated according
to „method b‟ specified by EN 12512 [16], as this paper
deals with Linear Dynamics Analysis of superstructure
systems only parameters characterizing the elastic
properties (ktest) and maximum load at failure (Fmax) are
reported here (Table 1). The numerical (Finite Element,
FE) models presented in Section 4 implement Rothoblaas
WHT 620 hold-down anchors [19] and TITAN TTF200
angle-brackets [21] connectors joined to CLT panels
manufactured from wood boards of strength class C24 and
using 32 4x60 or 30 4x60 Anker nails.
120
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Figure 2: Geometrical characterization of X-RAD connector

X-RAD connectors have a steel box element and hardwood
side pieces that makes it possible to attach them to CLT
elements using 6 fully-threaded self-tapping VGS screws
(11mm x 350mm) [25] inserted into predrilled holes in the
hardwood side pieces that anchor into softwood layers
within CLT (Figures 2 and 3). Some of the results of
conducted tests are given in Table 2. Capacity and initial
stiffness data was obtained from a large number of cyclic
and monotonic load tests conducted by CNR-IVALSA at
its laboratory in San Michele all‟Adige, Italy.
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Figure 1: Typical tests results on hold-down connector,
monotonic (blue line) and cyclic test(red line)

The initial stiffness of connectors was calculated taking
into account the stiffness of the steel-to-timber nailed
connections. Deformation of steel parts within the
connections are very small, compared to deformation of
nails, and was therefore neglected.
Table 1: Experimental and code derived connection properties
Connection
type
TITANTTF200
WHT 620

Elastic stiff. (kN/mm)
Test
EC5*
(ktest)
(kser)
8.2
23.1
12.1
24.8

Capacity (kN)
Test
EC5*
(Fmax)
(Fy,Rk)
70.1
35.5
100.1
85.2

*kser and Fv,Rk indicate the stiffness and capacity calculated
according to Eurocode 5 [17]

Figure 3: Studied load configurations (left) and typical test on
the connector (right).

Figure 4 presents a typical force-displacement response of
the connector loaded monotonically in tension or cyclically
at 45° to edges of a CLT plate. X-RAD tests adopted the
EN 12512 approach already discussed in Section 2.
Equivalent viscous damping and strength impairment were
calculated at displacement levels of 2, 4 and 6 times the
yield displacement.

2.2 MECHANICAL CHARACTERIZATION OF XRAD CONNECTOR
The innovative X-RAD connection that create discrete
panel-to-panel, or panel-to-other material joints structural
response data and parameters are reported in the literature
[9, 22, 23]. Section 4 includes a case study using X-RAD
connectors.
Different experimental campaigns X-RAD connectors
have been performed at University of Trento, CNRIVALSA and the TU Graz [24] in order to characterize
their mechanical behavior. Figure 2 illustrates a typical
connectors installed on a CLT plate.

Figure 4: Test results of tension configuration: F-v monotonic
(blue line) and cyclic (red line curves )
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Regarding the tension configuration (Figure 4), after a
third repetitive load cycle the ductility ratio was found 6
and the strength less than 20% compared with the strength
during the first load cycle. This means that the X-RAD
connector can be considered as a dissipative zone within
building superstructures. Energy dissipation (mean
equivalent damping ratio) was about 18% at the first cycle
and 10% at the third cycle during repetitive loading. This
resulted from plastic deformation of the steel box element
at low displacement amplitudes. Further information about
the post-elastic response in shear configurations (135° in
Figure 3) is given elsewhere [24]. Table 2 summarizes the
results. Ability to transfer large forces and achieve high
stiffness is to be noted. For example, the load-carrying
capacity in the tensile load configuration (45°) was 171kN
and the initial elastic stiffness 23.6kN/mm. The tests
results are used in the FE analyses reported in Section 4.
Table 2: X-RAD mechanical properties

Angle *
[°]
45°
135°
0°
180°
225°

Test

Cyclic
Cyclic
Monotonic
Monotonic
Monotonic

Fmean
[kN]
171,15
108,95
128,95
185,88
289,66**

kmean
[kN/mm]
23.63
9.00
11.80
13.40
23.01

Examined case study building superstructures have
footprint dimensions of 17.1m by 15.5m. Their SFRS
incorporate a building core that is 5.5m by 5.5m on plan
and partial perimeter CLT shear-walls each 6m long. The
example case of a 5 building is shown in Figure 5.
Perimeter wall segments are placed at plan corners of
buildings to maximize their modal stiffness characteristics
associated with torsional lateral motions. The main aim of
analyses is to characterize how variations in design
parameters alter the behaviour of buildings having 3, 5 or 8
storeys. This range of storeys encompasses traditional
heights of timber buildings and the likely maximum
heights of future buildings (of the particular type). Apart
from building height effects of construction methodology
for CLT shear-walls were examined by altering the number
of CLT plate elements within a wall and altering the
regularity of connectors interconnecting attaching them to
the SFRS. Figure 6 summarizes shear-wall element and
connection configurations studied.

* Reported angle correspond to load configuration in Figure 3.
** Tests reached the limit capacity of testing machine

3 STANDARD CONNECTOR HYBRIDBUILDING CASE STUDIES
This section presents information on seismic responses of
buildings
containing
CLT
shear-wall
elements
interconnected or connected to other parts superstructure
systems using standard connectors (i.e. hold-down anchors
and angle-brackets) to create Seismic Force Resisting
Systems (SFRS). The authors reported a preliminary FE
model studies on the behaviour of similar buildings
[14][15]. This paper presents improved analyses that
eliminate effect of previous model simplifications.
3.1 GEOMETRICAL CHARACTERIZATION OF
STUDIED BUILDINGS

Figure 5: Geometry of 5-storey case study (left) and related FE
model (right)

Figure 6: Shear-wall and connection configurations studied

3.2 DESIGN AND MODELLING
The earthquake action for the case study buildings was
calculated according to Eurocode 8 [25] adopting the
design spectra and other relevant seismic design
parameters in Table 3.
Table 3: Design parameters for standard connector case studies

3 storey

5 storey

8 storey

Soil type
C
PGA (peak ground
0.35 g
acceleration)
H (building height)
9.0m
15.0m
24.0m
T1 = 0.05 H3/4
0.26 s
0.38 s
0.54 s
M (global mass)
276 t
482 t
800 t
Sd_el (T1)
0.82 g
0.82 g
0.78 g
q0 (behaviour factor)
2
Sd (T1)*
0.42 g
0.42 g
0.39 g
*For non-regular config. Sd(T1) is multiplied by kr= 0.8
Starting from the estimation of the elastic periods reported
in Table 3, and following the iterative design procedure
explained by Polastri et al [15] it is possible to define the
connection pattern appropriate for different building
configurations. The applied procedure starts with a
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In this section the numerical models of the investigated
building were realized using the commercial FE software
Strand 7 [26]. Resulting FE models uses linear elastic shell
elements to represent CLT plates and link elements to
simulate the elastic stiffnesses of connectors. Beam
elements with pinned-end conditions were used to
represent beam members interconnecting perimeter shearwalls and shear-walls within the building cores at the tops
of storeys.
In total 15 building configurations were analyzed to
represent possible combinations of variables in Table 3 and
Figure 6. Natural frequency and modal response spectrum
analyses were performed with the models. To note is
within the models interactions between the orthogonal
walls and the out-of-plane stiffness provided by the floor
slabs were neglected. Consequently model outputs
represent the maximum possible deformability of the
SFRS.
3.3 RESULTS: BUILDINGS WITH STANDARD
CONNECTIONS
Results given here are the fundamental elastic periods (T1)
summarized in Figure 7; peak base shear forces (v) on
angle-brackets at the Ultimate Limit State (ULS)
summarized in Figure 8; and peak uplift forces on base
hold-down anchors at the ULS (N) summarized in Figure
9. Within Figures 7 to 9 the alternative values in each case
represent effects of taking connection stiffnesses (kconn)
equal to values derived from design code information (kser)
versus values derived from experimental data (ktest). The
alternative estimates (kser, ktest) are those given in Table 1.
Also in the case of Figure 7, estimates are given of values
determined by the approximate equation suggested in
Eurocode 8 [26].
From Figure 7 it is evident that using test-based connection
stiffnesses (kconn = ktest) leads to much higher T1 values than
are predicted based on connection stiffnesses derived from
code information (kconn = kser). Similarly, using the simple
formula given by Eurocode 8 leads to low estimates of T1
values.

principal elastic periods [s]

1.6
1.4
1.2
1.0
0.8

0.6

TC limit plateau periods

0.4
0.2
0.0
3AR 3AI 3BR 3BI 3CR 5AR 5AI 5BR 5BI 5CR 8AR 8AI 8BR 8BI 8CR
T1_EC8

T1_kconn. = kser

T1_kconn. = ktest

Figure 7: Predicted principal elastic periods, T1

Interestingly use of code based estimates of kconn results in
estimates of T1 relatively close to those obtained using the
Eurocode 8 formula. However, this is believed to be purely
coincidental. What the comparisons show in an overall
sense is neither use of code based estimates of kconn nor the
Eurocode 8 formula are reliable as the basis of estimating
fundamental elastic periods of SFRS of hybrid-buildings
that contain CLT shear-wall connected using standard
connectors. Relevant to this is to note how obtained values
T1 compare with the limit periods TC of the plateaues of the
design spectra for the building (depicted in Figure 7 with
by the heavy dashed horizontal line). Based on this
comparison 3-storey building configurations all have T1
values that fall within the plateau range regardless the
assigned connection stiffness. In contrast for 5- and 8storey building configurations the connection stiffness
induce elastic periods estimates can be either greater or
less than TC, especially if kconn properties are assigned
based on test data. This effect has significant implications
for susceptibility of structural systems to damage during
seismic events.
90
80

base shear [kN/m]

preliminary definition of the external force induced in each
CLT wall element by the design earthquake according to
the well-known equivalent static force linear analysis
method. This in turn allows estimation of the connection
stiffness, and then realistic preliminary estimation of T1.
Afterward T1 is used in modal analyses to calculate the
forces induced in connections by design earthquakes.
Obtained estimates of connection forces may or may not
be compatible with the way connection strengths are
determined. If there is inconsistency it is necessary to
redesign the connections, which enables subsequent
precise iterative convergent solution of T1 values and final
design of connections.

70

60
50
40
30
20
10
0
3AR 3AI 3BR 3BI 3CR 5AR 5AI 5BR 5BI 5CR 8AR 8AI 8BR 8BI 8CR
V_kconn. = kser

V_kconn. = ktest

Figure 8: Peak base shear forces on angle-brackets

It also demonstrates that effects of adopting simplified
engineering design practices are not uniform for buildings
of different height. Given that in the present studies
building height (number of storeys) is a surrogate for
slenderness of superstructures, the implication is that what
might be traditionally acceptable design practice for lowrise timber buildings is not of necessity suitable practice
for design of medium- or high-rise timber buildings. This
finding supports recommendations given elsewhere [28].
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Additional consequential discrepancies associated with the
way kconn values are estimated are effects on v and N.
1000

holdown tensile force [kN]

900
800
700
600
500
400
300
200
100

0
3AR 3AI 3BR 3BI 3CR 5AR 5AI 5BR 5BI 5CR 8AR 8AI 8BR 8BI 8CR
N_kconn. = kser

N_kconn. = ktest

Figure 11: Schematic example of a simple CLT plate structure
with X-RAD connections

Figure 9: Peak base uplift forces on hold-down

4.1 FEM MODELS

In general, results in Figure 8 and 9 show that the way
connection stiffnesses are estimated significantly alters
design forces that then determine element selection and
dimensioning decisions. Practical results can include
undesizing or oversizing elements in SFRS that might alter
the structural design strategy in unintended ways.

FE numerical models of each configuration were
implemented based on details reported in Table 3. X-RAD
connections were included within shear-walls, at their
junctions with building foundations, and at their junctions
with floors. The numerical models were realized using the
commercial FE software SAP 2000 [29]. Incorporation of
X-RAD devices allowed simplified modelling of SFRS
because CLT plate segments were are connected at their
vertices corresponding to physical point-to-point junction
locations in load-paths. Consequently FE models were
composed of two-dimensional plate elements representing
CLT plate elements interconnected at relevant nodes by
specifically calibrated elements representing X-RAD
connections. Behaviour of the X-RAD connection were
simulated by introducing two orthogonal uniaxial springs
accounting for stiffnesses in vertical and horizontal
direction that were derived from experimental results listed
in Table 2. Figure 12 and 13 show an example of FE
modelling of a CLT plate with X-RAD connection at its
vertices.

4 X-RAD CONNECTOR HYBRIDBUILDING CASE STUDIES
This section presents information about seismic responses
of buildings containing CLT shear-wall elements that are
connected to other parts superstructure systems using
innovative connectors. Studied configurations are the same
multi-storey CLT building configurations A3, A5 and A8,
but with X-RAD connectors (Figure 2) substituted for
standard connections at appropriate location. In terms of
structural action this makes point-to-point mechanical
connections, which, as was previously mentioned, is
important eliminate ambiguity in load-paths within the
SFRS. During construction of buildings prefabricated
sections of the system are assembled in a manner that
requires only standard connections to be made on-site
(Figures 10 and 11). As Figure 11 shows X-RAD
connectors are used at junctions between CLT plates
segment elements where those segments lie in the same
plane, or where segments in vertically or horizontally
orthogonal planes intersect.

Figure 12: CLT plate segment with X-RAD connectors (left) and
corresponding FEM representation (right)

Figure 10: CLT panel-to-panel three-way connection (left) and
assembly of a simple X-RAD connection

Figure 13: X-RAD connector (left) and associated FEM
implementation (right)
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Apart from CLT shear-walls and X-RAD elements the FE
models contained floor diaphragms that could be rigid or
deformable, with adopted rigidities based on using
traditional connection elements within those substructures
(Figure 14). Unlike for buildings having standard
connections there is no need in the case of those employing
X-RAD connectors to iteratively adjust component sizes
(and properties), then refine estimates of T1 and peak
internal force flows until a design analysis is sufficiently
accurate.

4.2 RESULTS: 3-STOREY BUILDING WITH XRAD CONNECTIONS
Table 4 summarizes T1, total base shear force (Vtot), and
maximum shear force (vmax) and maximum uplift force
(Nmax) on an X-RAD connector. That table also shows
corresponding results for the matched building with
standard connectors.
Table 4: Results of 3-storey FE model: X-RAD connection and
standard connection (case study AR Section 3)

T1
Vtot
vmax
Nmax

Figure 14: FE model of 3-storey shear-wall configuration:
global view (left) and details of corner connections (right)

Based on analyses it was determined that only 3-storey
buildings were viable with X-RAD connectors because in
5- and 8-storey buildings the load carrying capacities of
the connectors were insufficient to resist effects of
predicted peak force flows during design level seismic
events. Therefor for the taller buildings (> 3 storeys) a new
structural approach was adopted. That new approach was
to incorporate continuous vertical structural steel profiles
that connect CLT shear-wall elements directly to the
building foundation. Those steel profiles were placed at the
corners of the building and were connected to X-RAD
connectors by means of bolts (Figure 15 to 17). As a result
the tensile force acting on individual X-RAD connectors
flowed directly to the foundation. This demonstrates that in
practical circumstances engineers will tend to utilize CLT
elements, special connection hardware and other types of
structural components that do not lend themselves to
simple classification with the spectrum of hybridconstruction options. It also suggests the notion of „all
timber‟ solutions for creation of taller timber building is
unlikely to be viable.

Figure 15: Detail of steel profiles at the corners of buildings

X-RAD connect.
(kconn = ktest)
0.49s
855.7kN
69.1kN
163.1kN

Standard connect.
(kconn = ktest)
0.47s
892.4kN
28.1kN/m
128.3kN

Results show that the for 3-storey buildings considered T1
and Vtot are not very sensitive to alterations in the shearwall connection methods. This is consistent with results
shown in Figure 7 where there is a similar relative lack of
influences of connection stiffnesses on the fundamental
modal stiffness of the SFRS. However, the qualification is
required that this comparability depends on how
connection stiffnesses were estimated (i.e. kconn = ktes in
shown instances). Also, as the tabulated comparison
shows, it should not be supposed that vmax and Nmax will
exhibit matched sensitivity or insensitive to alterations in
the connection methods.
4.3 RESULTS 5- AND 8-STOREY BUILDINGS
WITH X-RAD CONNECTIONS

Figure 16: FE model of hybrid-building (left) and the first
vibration mode -entire façade- (right)

Figure 17: FE model of hybrid-building with steel vertical profile
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Tables 5 and 6 contain FE results for 5- and 8-storey
buildings respectively having X-RAD connectors. Those
tables also show corresponding results and compare them
with corresponding results for systems with standard
connectors (systems 5B-R and 8B-R). Figure 16 (right)
shows the first order mode shape for the 5-storey building
with X-RAD connectors. As might be expected a sway
mode is strongly influenced by shear deformation within
the shear-walls in the building core and facades.
Table 5: Results of 5-storey FE model: X-RAD connection + steel
profile and standard connection (case study BI Section 3)

T1
Vtot
vmax
Nmax_free edge
Nmax_corner_

X-RAD connect.
(kconn = ktest)
0.46s
1722 kN
70.1kN
91.2kN (X-RAD)
154.4kN (steel profile)
76.9kN (X-RAD)
135.6kN (steel profile)

Standard connect.
(kconn = ktest)
0.73s
1853kN
38.4kN/m
253.4kN
260.1kN

Table 6: Results of 8-storey FE model: X-RAD connection + steel
profile and standard connection (case study BR Section 3)

T1
Vtot
vmax
Nmax_free edge
Nmax_corner_

X-RAD connect.
(kconn = ktest)
0.66s
2112kN
91.7kN
142.7kN (X-RAD)
250.3kN (steel profile)
108.3kN (X-RAD)
156.3kN (steel profile)

Standard connect.
(kconn = ktest)
1.14s
2265kN
47.4kN/m
339.5kN
379.4kN

Comparing the fundamental elastic periods (T1 values) in
Tables 5 and 6 it is clear that for buildings with five or
eight storeys that altering the connection system and
adding the steel profile anchor elements at building corners
significantly alters modal stiffnesses of SFRS. There will
of course be related effects on mode shapes and modal
mass but the dominant influence is that the systems with
X-RAD connectors and steel profiles have the greatest
stiffnesses. In general it is reliable to conclude that the
taller buildings are the more sensitive their fundamental
vibration periods are to structural detailing decisions.
Choosing the type(s) of connection methods to employ is a
particularly important detailing decision. However to note
is that except for the 8-storey building with standard
connections the T1 values are either within or reasonably
close to the plateau range of the design spectra (Section 3),
Practical implications of this is that quite simple structural
detailing decisions are an effective way of creating taller
SFRS that will behave in ways that push the modal
frequencies well outside the range where those frequencies
would make buildings highly susceptible to seismic
damage. Also to note is intrinsic ductility capabilities of XRAD connectors make them suitable for benign

redistribution of forces if some are damaged during an
earthquake.
Other results presented in Tables 5 and 6 (Vtot, vmax, Nmax)
exhibit strong sensitivities to connection method decisions,
as should be expected.

5 GENERAL DISCUSSION
The FE analyses presented here reveal very strong
influences of construction detailing decisions related to
choice of connection methods for SFRS on performance
and vulnerabilities of buildings having CLT shear-walls
during earthquakes. Allied with careful choices of the
structural configurations that place shear-walls in locations
that maximise their contributions to system level modal
stiffnesses, this gives designers a powerful tool for
ensuring buildings are safe and economic to construct. The
current study shows that employing relatively new
construction products (e.g. CLT plates and X-RAD
connectors) in conjunction with realistic numerical models
of SFRS permits designers to create tall timber
superstructures that will behave in predictable and
desirable ways during extreme events. Although the
discussion is contextualized relative to seismic design load
analyses the same general conclusion can be expected for
wind and other design load scenarios. As has been
discussed elsewhere [28], accurate and reliable knowledge
(at the design stage) of likely lateral vibration periods of
buildings is also important for control of motions that
occur during strong wind events. Similarly knowing
vibration periods of buildings can help with serviceability
performance issues like buildings being shaken be ground
motions caused by vehicular traffic [28]. It is not an
exaggeration to say it is incumbent on designers to use
relatively refined structural analysis methods like detailed
FE models if they desire to use timber in ways that
maximise its potential as a construction material.
Comparison between predicted characteristics of buildings
assembled with standard connectors (hold-down anchors,
angle-brackets) and those assembled X-RAD connectors
allows it to be stated:
- For 3-storey buildings: Fundamental elastic vibration
periods (T1) are not strongly sensitive to the choice of
connection methods.
- For 5-storey buildings: Building height and
slenderness are still not sufficient to make T1 strongly
sensitive to the choice of connection methods. However,
for the system with X-RAD connectors those components
used alone were not sufficiently strong to resist uplift
forces generated by earthquake design loads. Use of
reinforcing vertical steel profiles is an efficient method of
solving that inadequacy.
- For 8-storey buildings: In this instance T1 was strongly
sensitive to the choice of connection methods. Values for
systems with standard connectors were in some instances
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well above, and that for the system, with X-RAD
connectors and vertical steel elements, about 0.6s. Values
of T1 about 0.6s correspond roughly to the plateau region
of the Eurocode 8 design spectrum. As already discussed
in Section 4, this means that choice of the connection
methods for SFRS can strongly influence vulnerability of
relatively tall and slender buildings to seismic damage.
Results of all the analyses make clear effectiveness of
correctly selecting a combination structural configuration
and choose suitable matching connection hardware is not
to be taken as sufficient in itself. Decisions must be
supported by accurate predictions of T1 and other response
parameters that drive the engineering design decisions. It
follows that any suggestions or assertions that using, for
example, one connection hardware instead of another will
always result in reduced possibilities of building sustaining
damage during particular types of events are very suspect.
It also follows that prescriptive design practices are
inherently unreliable except in the case of low-rise
buildings in terms of expected seismic performance.
6

CONCLUSIONS AND FUTURE
DEVELOPMENTS

Work presented here demonstrates unambiguously that
maximize structural potential of modern timber products,
and related connection technologies, equates to basing
design on accurate analyses methods. Appropriate accurate
analytical methods are ones that use accurate information
about stiffness and strengths characteristics of employed
materials and connection hardware. Relying on
information gleaned from generic timber design codes (e.g.
fastener stiffness information in Eurocode 5) as model
input will often prove inadequate. Using information
gathered via test campaigns specific to products should be
strongly favoured. Similarly practices such as using
approximate formulas to estimate fundamental elastic
vibration periods of buildings (e.g. formula in Eurocode 8)
are not a sufficiently accurate or reliable underpinnings to
design practice.
Trends toward greater use of timber as a construction
material for medium- and high-rise buildings makes use of
refined structural analysis models increasingly important.
This is because tall and slender buildings are those most
likely to be poorly designed if models inaccurately predict
characteristics like elastic modal frequencies. Poor design
will result in buildings that perform poorly under normal
or abnormal service load conditions. Combining structural
configuration and construction detailing decisions
(especially choice of connection methods) is crucial to
minimizing material utilization and costs, and maximizing
structural performance characteristics of buildings. Debate
has existed in timber engineering circles for a long time
about adequacy of approximate structural design methods.
There was some validity in arguments that simple
approaches were adequate when timber was only used to

construct low-rise buildings. When engineers design
relatively tall buildings any such validity vanishes.
Although not addressed directly here, related work has
created reliable and cost effective ways of ensuring tall
timber buildings have good fire and durability
performances characteristics. Hence, there is no
substantive impediment to timber playing a primary role as
an advanced construction material for normal or exotic
buildings. As case studies here demonstrate, this can be in
the form of massive timber elements that form primary
elements of hybrid-structures with those elements
interconnected and anchored by innovative connection
devices.
Ongoing studies by the authors and collaborators are
further developing analytical methods discussed here,
creating new construction methods and technologies that
exploit new and emerging structural timber products, and
contributing to development of next generation design
code provisions specific to timber. A number of building
have already been constructed employing ideas presented.
Hopefully this will be part of a wave creating buildings
that are safer, more serviceable, more economic to
construct and maintain, and more durable than traditional
ones.
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loads when hybridized with steel components. Past CLT
studies have shown that CLT buildings with currently
available steel bracket and hold-down connections are
inadequate in high seismic regions [6]. CLT is a great
structural product but without hybridization the product
can’t reach its full potential in seismic applications. The
aim of this paper is to develop a system that utilizes the
stiffness of the CLT to resist the seismic forces from a
severe earthquake in a structural building core system. A
hybrid system was developed that couples the light and
stiff CLT walls with steel plates and ductile steel
connections (Figure 2).

and thus the connections of the diaphragm to the core
walls.
2.1 CROSS LAMINATED TIMBER
CLT is an orthotropic panel made up from dimensioned
lumber and adhesive. The dimensioned lumber is placed
edge to edge to make up the bottom layer of the panel.
On top of this first layer of lumber a second layer is
oriented 90 degrees to the boards below. This process is
repeated until the desired amount of layers is achieved
with a minimum of 3 layers. The result is a strong and
stiff panel capable of resisting large loads with a variety
of design applications.
2.2 BRACKETS
Both L-shaped brackets and conventional CLT holddown brackets were utilized in the hybrid core system to
transfer the axial and shear forces from the diaphragm to
the core (Figure 4). The shear forces were a result of the
seismic force and the axial force was a result of the shear
and gravity load transfer required of the core walls.
Details of these connections can be found in various
publications [6-8]. It is important to note that the
connections were designed to remain elastic under both
gravity and lateral loading events.

Figure 2: Proposed timber-steel core system

The steel plates were designed to run the height of the
wall and fastened to the CLT wall panel with screws.
These walls were connected at the intersection of each
floor by t-stub connections that are bolted together as
shown in Figure 3. The core walls land on the floors
below therefore allowing for quick construction as the
platform construction method allows the builders to have
a safe floor to work on while installing the next one,
saving money and time.

Figure 4: FPInnovations CLT wall test showing angled
connection (left) and hold-down connection (right)[1]

2.3 T-STUB CONNECTIONS

Figure 3: 3D rendering of t-stub connection detail

As the figure shows, the steel plates were not connected
to the floors as the floors connect to the core walls with
brackets and hold-down connections. The seismic forces
were transferred to the core wall through the diaphragm

The t-stub connection provided the plastic behaviour of
the timber core walls. Under seismic action all other
components of the building design were designed to
remain elastic while the t-stub is designed to behave
plastically. Therefore, the t-stub connection dissipated
the seismic force and provided ductility to the stiff
system. Researchers Piluso, Faella and Rizzano studied
this T-stub connection and validated their theories with
experimental work [9].
The test subject developed four plastic hinges under
monotonic tension testing including: two at the bolts and
two in the steel end plates at the yield formation lines.
The force-displacement test with increasing load on the
connection displays the benefits of this connection
system. The connection is very stiff until its yield point.
After yielding, the connection plastically deforms at a
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consistent slope until complete failure as shown in
Figure 5.

Figure 5: Experimental tension testing results for t-stub
connection test 6 [10]

Cyclic tests were then conducted in Italy by researchers
Piluso and Rizzano on the T-stub connection [10]. The
study showed great cyclic behaviour of the specimens as
shown in Figure 6. The test shows no negative
deformation as the t-stub connection is extremely stiff in
compression due to the steel plate compressing into the
other steel plate. Negative deformation would be a result
of the steel plate buckling above or below the
connection. However, this timber-core system was
designed to eliminate the possibility of buckling in the
steel plates.

members were discretized according to the accuracy
necessary for the study. However, the meshing of the
steel members has shown to have a small effect on the
results, so a larger mesh size was appropriate to save
computing effort.
Accurately modeling the connections is the most critical
detail in the analysis of the timber-steel hybrid building
and dictates whether the obtained results were correct.
With extensive research into the program analysis
methods the connections were modeled appropriately.
Using experimental tests the connections were validated
using SAP2000 and then compared with experimental
work. Elastic and nonlinear spring elements were
utilized in the building model.
The conventional CLT hold-downs and brackets were
designed to remain elastic during an extreme earthquake.
Therefore, these connections were modelled as linear
elastic elements. The t-stub connections were assigned
multilinear plastic behaviour to allow for the plastic
behaviour of the connection.
SAP2000 provides three different hysteresis types for the
multilinear links: kinematic, takeda and pivot. The
hysteresis of t-stub connections from experimental tests
showed to be most similar to the pivot hysteresis type.
The model was developed by Dowell et al. for reinforced
concrete members [13]. However, the hysteresis as
shown in Figure 7 quite accurately predicted the
response of the t-stub connection.

Figure 7: Pivot hysteresis model [13]

Figure 6: Experimental cyclic tests on t-stub connection forcedisplacement curve result [10]

3 MODELING
The analysis in this study was carried out using the
SAP2000 commercial finite element software developed
by Computers and Structures Inc. [11]. The CLT panels
were modeled accordingly as orthotropic shell elements.
To determine the elastic and shear moduli of the CLT
panel in all planes the ‘k Method’ was used from the
CLT Handbook [12].
All steel members were input to the model using the
SAP2000 database for Canadian steel members.
However, the plates were input to the model through the
section designer provided in SAP2000. The frame

The pivot model allows the user to modify the curve
using the variables in the model to tweak the curve to
better capture the behaviour of the t-stub connection. A
detailed discussion on the pivot method and variables
can be found in Dowell et al. [13].
For this paper, the pivot model parameters were defined
experimentally in SAP2000 to best represent the t-stub
behaviour. The resulting calibrated link model can be
seen in Figure 8.
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Through system equilibrium the reactions at A and B
were defined based on the input force (P) and the system
dimensions:
(1)
Moreover, in a similar manner the deformation of the
system due to connection deformation (ΔT) was
computed:
(2)

Figure 8: Pivot model calibration in SAP2000

4 LATERAL BEHAVIOUR
Lateral behaviour of the timber-steel core walls was
defined through first principles and verified using finite
element software. A one storey two dimensional shear
wall of the core system was defined as shown in Figure
9. The shear and bending deformation (Δ2) is outlined by
the dotted lines and the anchorage deformation (Δ1) is
outlined by the solid lines. Moreover, the deformation of
the connection at B is defined by ΔT. The dimensions of
the core wall system are defined as the height (H), length
(L), effective length (Le), and the distance between the
edge of the shear wall and the connection is defined as
d3. Loading is defined by P acting at the top of the wall
representing the force from the diaphragm above due to
the earthquake.

where k is the stiffness of the t-stub end plate hold-down
connection. Similarly the deformation of the connection
was related to the storey deformation:
(3)
Substituting Equation (2) into (3) for the connection
deformation resulted in the connection storey
deformation in terms of input force, height, length and
stiffness:
(4)
The total deformation (Δ) of the one storey shear wall
system was due to the bending, shear and connection slip
deformation. The deformations within the panel were
due to flexural bending (Δb) and shear bending (Δs):
(5)
where the bending and shear deformation can be
quantified using the definition below for shear walls:
(6)
where E is the modulus of elasticity of the wall, I is the
moment of inertia of the wall, 1.2 is the shape factor
used for shear walls and G is the modulus of rigidity of
the wall.
The deformation within the wall was based off a typical
shear wall as neither steel or timber shear walls were an
adequate fit for the system. As the panel is an orthotropic
shell the CLT shear wall and steel plate hybridization act
together. However, because the shear wall was not fixed
at the corners of the shear wall a factor was proposed (a)
to account for the reduced restraint at the base:
(7)

Figure 9: Core system deformation

The loading force on the shear panel is due to the
brackets connecting the CLT floor to the CLT shear
panel below. The forces at the base (FA and FB) represent
the forces seen by the t-stub connections at points A and
B.

Figure 10 shows the total deformation as the addition of
the bending and shear deformation with the connection
deformation:
(8)
Using Equation (4) and (6) the total deformation was
determined:
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(9)

When the yield point of the connection was reached, the
stiffness (k) began to drop and the connection began
deforming plastically. Past the yield point of the
connection, the CLT remained behaving elastically
assuming the stresses remain below the yield point of the
CLT panel. For this reason, during post processing the
CLT panel maximum stress was checked to ensure the
panel remained elastic before failure of the steel holddown connection. The equation was validated using
finite element software. The steel frame members were
connected to the CLT shear wall at every 100mm to
ensure they behaved as a unit. However, the results saw
negligible differences when the spacing was increased to
300mm.
The timber-steel core wall system was designed to be
implemented in multi-storey buildings. Therefore, the
lateral behaviour of the core walls was extended into a
multi-storey one bay two dimensional systems as shown
in Figure 10.

in the panel that only results in minor negligible rotation.
The deformation from the t-stub connections was used to
define this resulting angle of rotation. The rotation angle
is cumulative as you go up the height of the building.
Therefore, the final deformation of a particular storey in
the multi-storey timber-core wall system can be found
with the deformation from the shear, bending and
anchorage and the angle of rotation. Equation (10)
defines how to find the deformation in the relative
storey; Equation (11) defines how to find the rotation
angle for the storey (θN) based on the rotation angle from
the previous storey (θN-1); and Equation (12) defines how
to find the rotation for the relative storey (θi):
(10)
(11)
(

)

(12)

With this knowledge, the total deformation was
determined for each storey. The equation was taken one
step further and developed to account for the nonlinear
behaviour of the t-stub connection. As the nonlinear
behaviour of the system is restricted only to the t-stub
connections, using the same equations the deformation
can be defined nonlinearly by adjusting just the
deformation due to anchorage. This nonlinear method
was developed and used for the design.
The first principles method was analysed by applying the
same load based off the ESFP on the structure using
lateral point loads on the developed method and
SAP2000 model. The displacement at each storey is
displayed in Figure 11 for the developed first principles
method and SAP2000 model. Results show that the
method is accurate and will predict the behaviour of the
timber-steel core wall structure well. Plastic deformation
was observed in the first three floors t-stub connections
with first principle analysis. The remaining upper floor tstub connections remained elastic under the lateral
loading.

Figure 10: Multi-storey timber-steel core-wall system

To determine the deformation of the multi-storey timbersteel core wall system the equations previously defined
were used in combination to account for the increasing
moments due to additional loads from storeys above.
The shear and bending terms from Equation (9) remain
relatively unchanged; the anchorage deformation
however was adapted to account for the increasing load
from above storeys.
The deformation from the t-stub connections allows the
timber-steel panel to rotate unlike the shear and bending

Figure 11: Storey drift of first principles and SAP2000 timbersteel core wall system
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5 SEISMIC DESIGN OF A HYBRID
BUILDING
The timber-steel core wall system was utilized in the
design of a multi-storey 7-storey benchmark building.
The benchmark building was a 7-storey residential
concrete building located in Vancouver, Canada. The
hybrid building floor plan is shown in Figure 12. The
buildings structural irregularities were accounted for to
ensure a realistic design consistent with the benchmark
design. The floor plan remained constant from floors 1
through to 7; however, a mechanical room on the roof
was included in the design similar to the benchmark
building. The height of the first storey was 3.6m with
each floor above having a height of 3m resulting in the
total building height (including the mechanical roof top
room) of 24.6m.

layer CLT floor panels. Due to the buildings irregularity,
a rigid diaphragm was necessary to transfer the loads to
the core walls. Researchers Fragiacomo, Dujic and
Sustersic have proven that rigid diaphragms are possible
by gluing adjacent floor panels together or by using a
very stiff connection between the two panels such as
screws at 45 degree angles [15].
The steel columns and beams were sized according to
the maximum axial force when the structure was loaded
following the NBCC 2010 load combinations. Member
sizing can be seen below in Table 1.
Table 1: Steel beams and columns for gravity loads

Floor
All
All

Section
Columns
HSS 152 x 152 x 4.8
Beams
W 310 x 24

In a detailed design process for construction the size of
columns would be optimized for the floor. However, as
the columns and beams were not essential parts of the
study the members remained constant through all the
floors to simplify the design. The steel columns were
assigned moment releases at either end as they are only
responsible for the gravity load system. In contrast, the
steel beams were continuous and fully attached to the
CLT floor panels.
5.2 FORCE BASED DESIGN
Figure 12: Design building floor plan

As the floor plan shows, there are three main core
elements in the building including two stairwells and one
elevator core. Several dimensional irregularities in the
benchmark building were accounted for in this study.
Where doors and windows were specified, openings
were introduced to design a realistic building design
similar to the concrete benchmark building. Therefore,
one main goal during the design process was to choose
practical, standard and constructible connection details.
5.1 GRAVITY SYSTEM
Although the behaviour of the gravity system was not
the focus of this paper, the system was sized following
the requirements of the NBCC 2010 in order to find a
reasonable weight for the analytical models [14]. The
timber-steel core walls were designed to transfer gravity
load as well as the lateral load in the building; however,
as the smallest size of panels would have been adequate
in resisting the gravity load the design of the system is
controlled by the lateral design. For this reason the
timber-steel core system gravity design was not studied
until later in the design process.
The floor panels were designed to stretch across a
maximum span of 6 metres and behave similarly to a
one-way slab. Moreover, these CLT floor panels
included a 1½ inch concrete topping in order to satisfy
vibration criteria. Strength criteria of the CLT panel for
the largest gravity load combination was met using 5

This section outlines the design of the building using an
equivalent static force based design methodology as
recommended by the NBCC. The ductility (Rd) and
overstrength (Ro) factors were taken as 2.0 and 1.5,
respectively, based on recommendations by the CLT
Handbook [1].
The initial design base shear on the building was found
using the ESFP base shear equation:
(13)
where V is the base shear to be applied on the building;
S(Ta) is the design spectral response acceleration at the
fundamental period Ta; Mv accounts for the higher mode
effects on the base shear; IE is the importance factor; W
is the weight of the structure; Rd is the ductility factor;
and Ro is the overstrength factor [14].
The period (T) was determined using the seismic weight
based on the gravity loading system and the empirical
formula for shear walls:
(14)
where hn is the height of the structure.
Initially, the design base shear was much larger due to
the fundamental period empirical equation (0.55 s).
However, the code allows up to twice the empirical
period for shear wall systems if the analytical model
shows a larger period. Eigenvalue analysis in SAP2000
showed that the fundamental period of the structure was
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0.85s. For this reason the design base shear was reduced
to 1635 kN.
Using the deformation equations formulated earlier the
lateral system was designed by limiting the drift in the
structure under the ESFP loading to 1.5%. The limiting
drift was chosen as the structural layout does not allow
for excessive deformations. Drift was assessed using
SAP2000 based off the validation previously discussed.
The T-stub connectors plastically deform to provide the
necessary ductility in the system. Details of the
connections are shown in Figure 13.

Figure 13: T-stub connections for ESFP

Plate size varied based on the t-stub connector used as
the plate must remain elastic during an earthquake event.
Therefore, the plate size is always larger than the t-stub
flange thickness. Details of the timber-steel core wall
system are shown in Table 2.

6 BI-DIRECTIONAL NONLINEAR
TIME HISTORY ANALYSIS
The design was evaluated by applying bi-directional
ground motions to the building in SAP2000. Bidirectional ground motions were used to better
understand the building behaviour in a realistic 3D
earthquake event.
6.1 GROUND MOTIONS
Ground motions were selected using a model that is
based on a multiple-conditional-mean-spectra (CMS)
method [16,17]. The model was updated from the
Geological Survey of Canada (GSC) model from the
current NBCC to include recent earthquakes, magnitudeoccurrence relations, new ground motion prediction
equations, extended source model and adopts mean
estimates rather than median estimates [17].
The improved model was used to select the ground
motions to apply on the proposed building. As the
building is designed to be in Vancouver the site class
was set to C. The first three fundamental periods are
used by the model in addition to the site class to select
and scale the ground motions.
Ten sets of ground motions were selected with the CMS
model [17] to design and validate the proposed timbersteel hybrid structure. Eigenvalue analysis with
SAP2000 showed that the first fundamental period of the
building was 0.85 seconds; therefore, the anchor period
was set as 0.75 seconds with a range from 0.25 to 1.0
second. Figure 14 displays the 2% in 50 years pseudo
acceleration spectra for the ten selected sets of ground
motions.

Table 2: ESFP design details

CLT core walls
Thickness (ply)
5
7
T-stub connections
Floors
Type
2-7
C
1
B
0
A
Plate size
Floors
Thickness (mm)
6-8
12
4-5
16
2-3
20
1
32
Floors
3-8
1-2

Figure 14: Pseudo acceleration response spectra for the ten
sets of ground motions

6.2 RESULTS
To reduce the computational effort fast nonlinear
analysis (FNA) was used for the time-history analysis.
FNA relies on the modal analysis using Ritz vectors to
reduce the complications of the equilibrium relationship
for the structure using the elastic structural system [11].
The method essentially separates the nonlinear
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components from the elastic ones to reduce
computational time. The method works best with
systems that have a limited number of nonlinear
members that are mostly links. For these reasons, FNA
was used in the analysis.
The results of the NLTHA are shown in Figure 15Figure 18. The drift results for the 3D building remain
below the 1.5% drift limit for both X and Y directions as
shown in Figure 15 and Figure 16, respectively. The
interstorey drift results also show good performance for
the timber-steel core wall system (Figure 17 - Figure 18).

Figure 17: Interstorey drift results of NLTHA for 2% in 50
years in the X-direction

Figure 15: Building drift results of NLTHA for 2% in 50 years
in the X-direction

Figure 18: Interstorey drift results of NLTHA for 2% in 50
years in the Y-direction

Figure 16: Building drift results of NLTHA for 2% in 50 years
in the Y-direction

An average of the interstorey drift results would not
provide a realistic hazard level for the earthquakes as
two of the ten ground motions were substantially more
damaging than the average. The result is two ground
motions that have interstorey drift values close to 2%.
The NBCC allows up to 2.5% interstorey drift [14];
however, due to the structural layout of the building a
2% limit was suggested. Each earthquake shows a trend
of changing interstorey drift from floors 7 to 8. This is
due to the high roof not being a full floor but rather just a
corner of the structure. Moreover, little drift is seen in
the first floor due to the very stiff t-stub connection at
the base of the building connecting the timber-steel core
wall to the foundation.
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7 CONCLUSIONS
The timber-steel core wall system performed well in
resisting the seismic forces from the earthquake ground
motions on the benchmark building studied. The
benchmark building plan irregularity had a large impact
on the performance as the location of the cores were in
opposite corners of the building. This irregularity
resulted in the second two mode shapes being controlled
by torsion. This structural layout restricted the
performance of the building when compared to a
building with core walls located on the same center line
or with core walls in the center of the building. With less
irregularity in the building layout the developed core
wall system could be designed to deform more resulting
in a smaller earthquake load due to the larger
displacement ductility. The core wall system performed
well under the benchmark building plan but has the
ability to perform better with a less irregular layout as
the t-stub connections can provide much more lateral
displacement through plastic dissipation.
A ductility of 2.0 was used as recommended by the CLT
handbook. This was a conservative ductility as the
handbook ductility was derived using a different
structural system with less plastic deformation capacity.
The value was chosen as no other study had been done
on the timber-steel core wall system. The results show
that a ductility of 2.0 was indeed conservative.
Realistically, a larger ductility is more suitable for the
proposed system. The ductility would be even larger if
the building layout was less irregular as mentioned
earlier.
The t-stub connections were designed between each
floor even though the upper floors had no plastic
demand. Other connection details such as conventional
CLT connections could be used in the upper floors to
save money and produce a more efficient structure.
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ASSESSMENT OF DISPROPORTIONATE COLLAPSE FOR MULTI
STOREY CROSS LAMINATED TIMBER BUILDINGS
H r nd M idi Bita1, N il Curri 2, Thomas Tann rt3
ABSTRACT: This paper investigates the risk of disproportionate collapse following extreme loading events. The
methodology mimics a sudden removal of a loadbearing wall of a twelve-storey CLT building. The ductility-demand
from the dynamic simulation is checked against the ductility supplied by the structural components and their
connections. The analyses focus on rotational stiffness (k) of the joints by considering three different sub-structural
idealisations according to the required modelling details and the feasibility of model reductions. To resist the imposed
dynamic forces, the required k- alues may be too large to be practically achieved by means of off-the-shelf brackets and
screw connections. Improved structural detailing as well as adequate thickness of structural elements need to be
considered in order to reduce the probability of disproportionate collapse.
KEYWORDS: Progressive collapse, robustness, structural integrity, redundancy, rotational stiffness, sudden removal

1 INTRODUCTION 12
Failure of individual structural elements after extreme
loading events, such as explosions, is understandable.
However, concerns arise when this initial damage
spreads in a successive manner over a major part of the
building. This is known as progressive collapse. When
the final damage goes beyond acceptable thresholds,
whether it happens immediately or progressively after
the initial damage, this type of failure is classified as
disproportionate [1]. In EN1991 [2], such thresholds are
that the final collapse affects less than 15% of the floor
area of the affected storey or 100m2, whichever is less,
and does not extend further than the immediate adjacent
storeys.
Collapse of a residential house does not have the same
social and economic impacts if comparison is made
against the failure of a multi-storey building. In EN1991
(Part 1-7 section A.1) classifications are done with
respect to the height, occupancy level and intended use
of the building [2]. The importance of these
categorisations was first required after the 1968 failure
of the Ronan Point apartment building in London [3]. An
explosion caused the failure of the external loadbearing
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wall, which in turn triggered the collapse of a major part
of the building. Identical failures during the past
decades, most prominently the World Trade Centre
incident, brought new attention regarding the
consideration of disproportionate collapse in design and
construction of tall buildings [4].
1.1 STRUCTURAL ROBUSTNESS
The first stage towards a design against disproportionate
collapse is to account for structural robustness [5]. A
building is robust if it is able to find new load-paths,
after one or many structural members have become
ineffective, and consequently remains stable as a whole.
In other words, the structural system can develop a new
equilibrium state to redistribute the loads to the
undamaged parts, and ultimately stop the initial damage
from spreading beyond the acceptable collapse
thresholds. This can only be possible if redundancy and
structural integrity are considered as key design factors.
The availability of alternative load-paths within a
structural system results in a redundant building. This
redundancy depends on the topology of structural
elements, continuity between them and ductility of their
connections [6]. Possible approaches are to place vertical
loadbearing elements at closer spacing, to provide
adequate ties between all structural members or to design
the joints to sustain large deformations. Nonetheless, the
building can only behave as a whole if adequate stiffness
at connection level is provided in addition to continuity
and ductility. With sufficient structural integrity, the
building can develop resistance mechanisms that signal
impending failure, and avoid disproportionate collapse.
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Figure 1 shows catenary action as an example of
resistance mechanism. It enables for suspension of the
floor above the ineffective vertical loadbearing element,
hence avoiding debris loading on the floor below. To be
able to hang, the components shall carry tension forces.
These forces have to be compatible with the amount of
deformation, expressed in terms of rotation, required at
connection level [7]. For adequate design, the
requirements for robustness are embodied within design
Standards, providing guidance against disproportionate
collapse.

Figure 1

loor ele ation sho ing catenary action

1.2 DESIGN STANDARDS
Eurocode 1 (EN1991) is detailed and prescriptive [2]. To
design for adequate tension forces, the notional tie force
requirements is employed. As an example, for
loadbearing walls, the minimum tie forces between
internal floor components is estimated to the lesser of
60kN/m or (20+4ns)kN/m, where ns is the number of
storeys. These prescriptions apply to buildings of any
height and proportion. This Eurocode approach is
considered as an indirect approach; in other words, if
satisfied, no further analyses are required for
disproportionate collapse preventions [8].
In the United States, for Minimum Antiterrorism
Standards for Buildings, the Unified Facilities Criteria
(UFC 4-023-03) gives guidance with more details on
analytical methods and design requirements [9]. As an
example, for laterally restrained reinforced concrete
slabs, the recommended safe value of central deflection
is estimated from 10% to 15% of the shortest span of the
building; beyond this, the structure is unsafe [10]. UFC
4-023-03 also provides analysis techniques, depending
on complexity, from linear static to nonlinear dynamic
analysis. Clause 4.1.1.3 of the National Building Code of
Canada requires structural integrity considerations in the
design of buildings as an approach towards
disproportionate collapse preventions [11]. The code
relies on CSA material standards for structural detailing
such as CSA-O86 [12] in the case of timber. Therefore,
timber, as a structural material, has to be studied
independently.
1.3 GUIDANCE FOR TIMBER STRUCTURES
In the United Kingdom, design guidance can be derived
from the Timber Frame 2000 (TF 2000) project; a sixstorey experimental building subjected to a rigorous test
programme to assess its performance against
disproportionate collapse [13]. Sections of a loadbearing
wall were delicately removed to check the magnitude of

forces at connection level. The test led to provisions
based on tie force requirements. These prescriptions are
limited to six storeys and it is unclear whether
extrapolation is possible to other structural systems of
different proportions and heights [14]. In Canada, since
the NBCC relies on the detailing provided within the
CSA-O86, to satisfy structural integrity, no information
is available to confirm the behaviour against
disproportionate collapse for multi-storey timber
building taller than six storeys [12]. With these
limitations, designers use different approaches to analyse
and verify structures under extreme loading scenarios.
The compliance requirements for multi-storey timber
structures are not explicit and left to sound engineering
judgements. The Stadthaus apartment, an eight storey
building in London, is a typical example of multi-storey
CLT building using platform construction [15]. For this
building, redundancy in addition to the alternative loadpath method was the ideal design strategy. The designer
had to proceed to the removal of single wall or floor
panels, one at the time, in order to check whether the
subsequent failure is beyond EN1991-1-7 collapse
tolerances. For efficient redundancy of the considered
structural system, floor panels were designed to span in
two directions wherever possible otherwise, they should
cantilever if the support underneath was to be removed
[15]. This approach also accounted for the high in-plane
stiffness of the CLT panels which helped wall elements
to act as deep beam in event of support removal.
The alternative load-path method is an addition to the
indirect approach and therefore requires additional
analyses, which are only appropriate to the building in
question, in order to understand the structural behaviour
at global, components and connections levels. As a
consequence, there is the need for immediate guidance
for both general concepts to handle the question of
disproportionate collapse and provisions for designing
multi-storey timber structures in general, which perform
well after an extreme loading event.

2 FINITE ELEMENT INVESTIGATION
2.1 MULTI STOREY CLT STRUCTURES
The ability of CLT to be used as floor and wall elements
opens up possibilities for them to be considered as main
structural component for multi-storey timber building
concepts. Albeit their positive performance with respect
to fire resistance, strength, stiffness, and durability,
investigations on structural robustness are required for
resistance against disproportionate collapse. By their
very nature, CLT wall systems are only as stiff and
strong as the connections between the individual CLT
elements [16]. This means that adequate joints detailing
is required to develop resistance mechanisms. This paper
assumes that sufficient continuity is provided between
structural elements and therefore focus needs to be on
the rotational capacities at connection level to maintain
structural integrity. The rotation of joints directly
influences the maximum vertical displacement at
component level. This can be quantified in terms of
rotational stiffness [17].
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The hypothesis of this study is that the deformation
capabilities are dictated by the rotational stiffness. The
basic principle is that resistance mechanisms against
disproportionate collapse are determined by rotational
deformation-demand on the joints, following an extreme
loading events, in relation to the rotation they can
supply.
2.2 DESCRIPTION OF CASE STUDY BUILDING
This study considered a twelve-storey CLT building as a
case study to understand its ability to resist
disproportionate collapse after extreme loading events.
The structure was a TRADA example, designed to
serviceability and ultimate limit states in accordance
with EN1995 [18].
The building, shown in Figure 2, was 9m x 9m, a crosswall or platform construction, comprising two spans with
one central loadbearing wall in one direction [19]. The
floor slabs and the external walls cross-section depth was
125mm and the thickness of the internal walls was
135mm. The design had no provisions for openings
hence all panels were assumed to be solid and
continuous over the entire length. Only the floor was
made of two different panels resting on the internal
walls. The storey height was 3m and all walls are
loadbearing.
It was proven that the building had the required strength
to take the design loads such as permanent, variable,
wind and snow loads. The stability checks achieved all
relevant safety factors, holding down straps were not
required and fixing to resist sliding were normal. The
structural design and detailing have shown the feasibility
of the building however, further checks for
disproportionate collapse were still required [19].

Figure 3

tructural etailing o joints

It was assumed that the joints would control the overall
strength and stiffness of the building; therefore the loads
and deformation at joint level, following extreme
loadings, would be taken as the demand. Comparison
was made against strength and deformation supplied by
the provided connections. Disproportionate collapse
could only be avoided if the supply was higher than the
demand and the resulting deformations was smaller than
the collapse thresholds. These were assumed to be 10%
of the floor span, representing 900mm as vertical
deformation at mid-span.
For first detailing, off-the-shelf angle brackets with
screws were used to connect the floor and the wall
above. The minimum screws patterns, according to the
European Technical Approval ETA-06/0106, were
followed [20]. Angle brackets 90mm wide without rib
were placed at 500mm centre to centre. Self-tapping
screws, ASSY 3.0 [21], were used to connect the floor
and the wall below. These screws had 8mm diameter,
located at 500mm centre to centre, and inserted at 90degree to the CLT panel to act in shear under the floor
loadings. The same configuration, using self-tapping
screws, was used for the second detailing to connect the
two floor panels.
2.3 METHODOLOGY

Figure 2 sometric ie o the uil ing

The aim of the study was to verify whether the twelvestorey building would be able to maintain its structural
integrity after the loss of the internal ground floor
loadbearing wall. Assuming adequate continuity is
provided, as the structure did not have many vertical
elements, focus was on rotation ductility in order to
achieve a system with sufficient structural integrity.
Here, this was expressed in terms of rotational stiffness
of the connections. Figure 3 shows the chosen structural
detailing used for the wall-to-floor and floor-to-floor
joints. This was the same detailing provided for the
Stadthaus apartment.

The alternative load-path method, recommended in
EN1991 [2], accounting for nonlinear and dynamic
behaviour, was the preferred methodology. The loss of
the internal ground floor loadbearing wall was
considered as initial damage after an extreme loading
event. It was assumed that the applied loads have the
magnitude required to make the structural element
completely ineffective. There is no need for further
details on the type or source of the applied loads [6]. The
idealised event-independent scenario was considered to
be instantaneous; this created an impulsive load on the
structure. The speed of removal would incorporate
dynamic effects of key elements failure over a short
duration when compared to the response period of the
structure. In addition, nonlinearity in the analysis was
accounted by large deformations and post-yielding
behaviour on the material properties of certain elements
such as self-tapping screws.
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Finite Element Analyses (FEA) were performed in
Ansys 12 [22]. As shown in Figure 4, the method was a
multi-level assessment where investigations were done at
three different sub-structural idealisations; which were
global, macro and micro levels. The modelling details
and complexities dictated the feasibility of the model
reductions. At the Global level, focus was on the overall
structural behaviour of the building in terms of load
combinations, deflected shape, vibrations frequencies,
mode shape and damping ratio. It is on this model that
the internal wall was removed instantaneously to trigger
the dynamic effect on the structure. This level of
idealisation defined the magnitude of the forces
transferred to the joints at every storey as well as the
associated deformations. The FEA results obtained at
this stage were considered as the demand on the
structure. Since this was the upper bound, it was
assumed that the joints were fully restrained, and CLT
elements were taken as linear orthotropic.
With appropriate boundary conditions, provided that
surrounding structural elements could redistribute the
forces after the removal of the internal wall, a reduction
to micro models was possible. Taking advantage of
symmetry, the Micro-models 1 and 2 were idealised to
understand the contribution of the detailed joints. First,
3D-models were constructed, with all screws and angle
brackets, to capture a realistic behaviour of the
connection. This was important as the failure of the floor
is largely influenced by the maximum deformations as
well as forces that the joint could carry. Results from
these models were considered as the supply; which needs
to be compared against the demand from the global
model. For this reason, the 3D-models, the lower bound,
considered the contribution of different layers within the
CLT panels, assuming they would always be bounded to
reduce nonlinearity. Linear orthotropic material
properties were used for CLT elements whereas the
screws and angle brackets used a bi-linear backbone
curve. Also, with the high forces from the global-model,
the analysis accounted for large deformations.

constructed and calibrated to mimic the same behaviour
as the 3D Micro models. Emphasis was given on the
rotational stiffness of the connections to quantify their
rotational capabilities. Joints were idealised by rotational
spring elements.
A solid relationship between 3D and 2D Micro-models
was necessary as the latter needed to be modified in
order to carry the dynamic loads. For the 2D Micromodels, as illustrated in Figure 5, it was assumed that k ,
k an k would represent the rotational stiffness of the
floor-to-wall above, floor-to-wall below and floor-tofloor, respectively.
The Macro-model was required to understand the
structural behaviour at sub-frame level. Here, only 2Dmodel was constructed since idealisation was based on
the properties from micro-models. For it conception, as
shown in Figure 5, the values of the rotational stiffness
k , k an k were used. The macro-models simulated the
interaction between the two floor segments, right above
the removed internal wall, and captured possible
resistance mechanisms against disproportionate collapse.
It was possible to mimic the catenary action and load
transfer which helped reducing the rotational stiffness
values required at the wall-to-floor connections.
2.4 INPUT DATA FOR NUMERICAL MODELS
The accidental load combination, giving a total load ( ),
was taken from the British Standards BS 8110 [22] and
BS 5950 [23]. Equation 1 accounts for a reduction of the
imposed load in case of extreme loading events. The
characteristic permanent and imposed loads were k and
k, respectively. All floors would carry imposed loads
for residential buildings, 1.5kPa, as described in EN1991
[2]; and the snow load would be ignored in this load
combination. The permanent load on floors was
estimated to 1.4kPa, including density, the latter
estimated to 480kg/m3.
= 1.05  1.0

k

 0.33

k



(1)

Self-tapping screws and angle brackets were made of
steel with characteristic yield strength of 1000MPa and
240MPa, respectively [20, 21]. It was assumed that all
CLT panels are 3-ply with the material properties [16]
given in Table 1. Friction between CLT panels, modelled
as contact elements, was assumed to be 0.3. This was
important to account for proper bearing between panels
hence reduce penetration between elements during
analysis.
Table 1 C

Figure 4

ulti-le el assessment approach

The 3D models were highly nonlinear with numerous
convergence problems due to their size and complexity.
It was anticipated that no solutions would be obtained if
the full dynamic loads from the global-model were to be
applied. To go about the problem, 2D-models were
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for the structure to regain a static equilibrium similar to
the normal condition. The nodal force was deleted at
load-step 3 and the time step size corresponded to the
speed of element removal. For the last load-step, the
value of critical damping was brought back between 3%
and 5%, to observe the time required for the building to
damp away the dynamic forces and therefore regain
static equilibrium. It is at this level that the maximum
dynamic load and deformation, corresponding to the
demand on the structure, were extracted.
2.

RESULTS GLOBAL MODEL

2. .1 Stati and modal analysis

Figure 5

oun ary con itions or

acro mo el

Figure 5 illustrates the boundary conditions used for
modelling at the 2D Macro-model. The locations of
nodes were numbered from 1 to 12. Nodes 2, 3 and 5
(similarly 8, 10 and 11) had the same coordinate and
were constrained in the two orthogonal directions, and
y. This enabled them to have the same deformations. The
same constraints were used for nodes 6 and 7. In
addition, only the permanent loads from the floors above
acted as favourable load on node 4 and 12 to improve the
resistance of the sub-frame. From the Macro-model
shown in Figure 5, both Micro-models 1 and 2 were
extracted. However, for the latter, fully fixed boundaries
were assigned at node 5 and 8 to emphasise on the
rotational stiffness between the two panels.
2.

SUDDEN ELEMENT REMOVAL ANALYSIS

A static analysis was first required in order to estimate
the total forces on the building and the magnitude of
loads on top of the removed element. This estimate was
used to replace the ground floor internal wall to mimic
the normal condition, which is before extreme loading,
in the dynamic analysis. Thereafter, using the total mass
of the building, a modal analysis was run to evaluate the
natural frequencies of the building. Here, focus was on
mode shapes with vertical motions near the removed
element. The modal analysis was performed without the
ground floor internal wall in order to capture the
frequencies of vertical motions. Furthermore, the
building frequencies was important to account for
Rayleigh damping in the analysis. This is calculated as
(⍺M + βK) where and are the mass and stiffness of
the building, respectively; and ⍺ and β are coefficients.
For the dynamic analysis, it was assumed that the critical
damping ratio would range from 3% to 5%.
Four different load-steps were applied to perform the
dynamic analysis which mimics the sudden loss of the
ground floor internal wall. In the first load-step, all the
loads, including gravity and nodal force replacing the
removed element, were applied in a single step size. For
load-step 2, since this step represents the normal
condition of the building before extreme loadings, a
longer time step size was assigned with 100% as critical
damping. This was done in order to give sufficient time

Static analysis of the building gave a total vertical load
of 1863kN on top of the internal ground floor wall. For
the dynamic analysis, this load was distributed at the
location of the removed element to mimic the normal
condition, before extreme loadings. For static analysis
performed without the ground floor internal wall, the
horizontal and shear loads on the floor, at wall-to-floor
joint, are 180kN and 144kN, respectively. At 0.9m away
from the joint, the rotation was 0.13rad with a vertical
deflection of 0.064m. This analysis gave a maximum
deformation of 0.494m at the location of the removed
element. Thereafter, a vibration analysis was run to
obtain the natural frequency of the building.
The modal analysis estimated the total mass of the
building to 456tonnes, with 0.77Hz has natural
frequency and 4.71Hz the frequency with more than
99% mass participation in all three orthogonal directions.
The mode shapes captured between those two
frequencies were dominated by vertical motions of the
floors near the removed element. Figure 6 shows the
mode shape of the building corresponding to its
fundamental frequency.

Figure 6

o e shape at un amental re uency

2. .2 Dynami analysis
The first analysis considered 0.001sec as speed of
removal (t) and 3% critical damping ratio. Figure 7
shows how the floor oscillate after the sudden removal
of the internal wall. Illustrating the rotation, 0.90m away
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from wall-to-floor connection. Here, the maximum
rotation was found to be 0.24rad, giving a vertical
deformation of 0.91m at the location of the removed
wall. These values were obtained 0.7sec after removal.
Furthermore, the difference between 3% and 5% critical
damping ratio, with respect to forces and deformations,
was small hence could be neglected. For both 3% and
5%, 7sec were not sufficient for the structure to regain a
static equilibrium. This was only possible with a critical
damping ratio above 30%. Since the analysis considered
linear material properties, the equilibrium geometry from
dynamic solution would be the same as the static
analysis of the structure without the internal wall.
Figure 7 also emphasises the difference of the structural
response with respect to the speed of removal of the
internal wall. Here, comparison was made between
0.001sec and 1sec, a bigger rotation, associated with
high dynamic motions, was obtained for quicker
removal. The graphs also confirm the fundamental
period of the structure, 1.3sec, which correlated well
with to the results obtained from the modal analysis.

Figure 8

2.

RESULTS MICRO MODELS

Figure 9
Figure 7

oint rotation an spee o remo al

Figure 8 shows the behaviour of forces at wall-to-floor
connection for 0.001 sec as speed of removal. The
maximum shear ( y) and axial ( ) forces were 321kN
and 487kN, respectively. Both were obtained 0.7sec
after removal. Furthermore at the location above the
removed element, on one side of the span only, the shear
forces on the floor changed from downward 51kN to
upward 181kN. With sufficient time for damping, at the
equilibrium geometry of the structure, the shear
converged to downward 50kN. With the new load-path,
the floor loads was transferred to the external walls. The
maximum compression load on those elements increased
from 1242kN, before removal, to 3481kN after removal.

orces at joint le el

ertical e orme shape o

micro mo el

The 3D model shown in Figure 9 had convergence
problems; only 44% of the vertical dynamic loads from
the global model could be applied. From this model, the
rotational stiffness for k and k were estimated to
211kNm/rad and 359kNm/rad, respectively. The
deformed shape of the model gave a maximum joint
rotation of 1.14rad. The 2D-model was calibrated from
the 3D-model in order to estimate the rotational stiffness
demand. It was found that a rotational stiffness of
106kNm/rad, for both k , and k , would be required in
order to take the full dynamic loads. Nevertheless, as
shown in Figure 10, the rotation at 0.9m from the wallto-floor could not go beyond 1.14rad, taken as the
maximum rotation. Hence the considered changes had no
influences on the outcome.
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a le

2.

acro mo el results

k- alues
(kNm/rad)

(kN)

y
(kN)

Rotation
(rad)

103

2800

931

0.24

106

156

931

0.04

DISCUSSION

2. .1 GLOBAL LEVEL

Figure 10 Rotation s applie loa

or

icro-mo el

The rotational stiffness (k ) of the micro model 2 was
estimated to 8kNm/rad from the 3D-model. Like for the
previous joint, the analyses for this model was not able
to converge with the applied dynamic loads, and
increasing the value of k did not improve the outcomes.
Figure 11 illustrates the deformed shape of the floor-tofloor joint under the applied loads. It captures the
membrane action between the two components and
shows that the connection was inadequate; highlighting
possible failure before full application of the dynamic
load. For both micro models, it was found that to stay
within collapse thresholds the CLT elements’ thickness
needed to be increased to at least 300mm. It is only then
that the rotational-supply could increase with an increase
in the rotational stiffness values. A rotational stiffness of
105kNm/rad, for all joints, would be adequate to avoid
disproportionate collapse, considering the updated floor
thicknesses.

The scenario of slowly removing a loadbearing
component, just as done for the TF2000, is identical to a
vertical settlement of the building at the location of the
removed element. The results of this scenario have
shown that the building would not be prone to
disproportionate collapse as the obtained maximum
deflection of the floor was smaller than the set collapse
thresholds. In addition, this highlights the need to design
the floor to span twice its original length. Results from
the dynamic analysis shows how the scenario changes
when the wall is removed at a speed (t).
Table 3 shows that, from the dynamic analysis, the
magnitude of the forces at the wall-to-floor joints could
be subjected to an increase of more than 200%
depending on the speed of removal. This led to an
increase of about 280% compression loads at the
external walls. The obtained results shows that the
resistance of the structural elements, both floors and
walls, needed to be revised in order to avoid failure.
With respect to deformations, the analysis showed that
the building was prone to disproportionate collapse as
the vertical deflection at mid-span was 0.91m. Also,
physically, it would be impossible to keep a safe
structure with such a deformation.
a le

orces at all-to- loor joint

Forces

Figure 11

2.

e orme

icro mo el

MACRO MODEL

For the macro model, the walls and floors thicknesses
were updated to 300 and 350mm, respectively. Here, all
joints were assumed to have the same k-values to
emphasise on the forces at the connection. Table 2 shows
the tension and shear forces at wall-to-floor joint, for the
given values of rotational stiffness. It was noticed that
beyond 103kNm/rad, the k-values would have a little
effect on the rotation. Furthermore, beyond 10 6kNm/rad,
decrease in the tensile force at the joint would become
insignificant. The results also showed k , and k control
the failure mechanisms or deformed shape at macrolevel. It was found that if k is bigger than k , the subframe would bend inward under the applied loads and
therefore increase the maximum floor deflection.

Static
(kN)

Dynamic
(kN)

Increase
%

Axial ( )

181

487

270

Shear ( y)

144

321

223

Results of the modal analysis have shown that the
structure was prone to vibration. It is for this reason that
5% damping ratio was not sufficient for the structure to
regain its static equilibrium geometry for the given time.
This highlights resilience problems, hence safety
questions, that most multi-storey timber structures would
have in event of extreme loadings. Keeping in mind that
the magnitude and deformation-demand would depend
on the speed of removal, the joints would have to supply
high ductility in order to dissipate the imposed energy.
Furthermore, the dynamic analysis proves the necessity
of designing the floors panels and connections to take
reversal loads. These are upwards forces, estimated to be
as high as 350% of the original downward forces at the
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joint, at the normal states, depending on the speed of
removal.
2. .2 MICRO LEVEL
In EN1995-1 [18], for joints made with dowel-type of
fasteners, the axial stiffness of the connection under the
service loads, also described as the slip modulus ( ser),
can be calculated as in equation 2.

ser

1.5 
s
n

 i 1  j 1    
m
23
 

(2)

Where (ρm) is the mean density of timber, ( ) is the
screw diameter and (s and (n are the number of shear
plane and screws, respectively. Considering the
connection between floor and wall above, provided by
off-the-shelf brackets and self-tapping screws, ser per
fasteners was estimated to 7kN/mm. With the rotational
stiffness updated to 105kNm/rad and 500mm distance
from a fastener to the centre of the group of fastener, the
required number of screws was calculated to be 81.
These calculations show that it would not be practical to
achieve the required rotational stiffness. To be within
reasonable and economic solutions, which are when the
k-values need to be between 1kNm/rad and 104kNm/rad.
2. .3 MACRO MODEL
The macro model showed the importance of continuity
in the floor elements. A higher value of k reduces the
floor deflection and the required tensile forces at the
wall-to-floor connections. With the initial structural
detailing, which provides a rotational stiffness of around
103kNm/rad for all joints, the required tension at the
wall-to-floor joint was estimated to be twenty times
higher than the scenario with fully fixed joints. Even if
the entire floor was assumed to be continuous (e.g. k
tends to infinity), the tension forces at wall-to-floor
connections would still be seven times higher,
approximately. This highlights design issues as common
CLT connections are often designed for shear resistance.
As a consequence, new structural detailing has to be
proposed in order to prevent disproportionate collapse.
Furthermore, to develop the necessary catenary, at
reasonable forces, the floor element must undergo large
deformations (both in terms for central deflection at midspan and rotational stiffness at connection) which might
cause high internal stresses within the CLT panels. In
such situations, even though the adequate connection
detailing has been provided, brittle failure on the timber
element could still happen.

3 CONCLUSIONS
The focus of this study has been devoted to numerical
modelling approaches to investigate the possibility of
disproportionate collapse on a twelve-storey CLT
building subjected to the sudden removal of the internal
ground floor loadbearing wall. The evaluation required
nonlinear dynamic analyses. This study considered a
multi-level investigation, done at three different sub-

structural idealisations according to modelling details,
feasibility and complexities.
The Global-model
accounted for the overall behaviour of the whole
structure when subjected to dynamic loadings triggered
by the speed of removal of the structural element. The
resulting deformations were checked against the results
from Micro- and Macro-models where the former
accounted for the performance at connection level and
the latter considered the behaviour at sub-frame level. In
this study, focus was given on the forces and rotational
stiffness at the joints, necessary to develop resistance
mechanisms against disproportionate collapse. The
following were the main findings:
 The investigations at global level showed that a
static removal of loadbearing element is not sufficient
for design against disproportionate collapse. Dynamic
analysis, which considers a sudden removal of the
structural components at speed (t), would be required as
this could lead to an increase of about 200% of force and
deformation-demands from the static case.
 The sudden removal of vertical key elements
results in high downward and reversal loads requiring
attention in joint detailing, in terms of number of screws,
embedment length and, sizes of angle brackets; as well
as the selection of structural members thickness.
 Based on the presented structural idealisations,
including the chosen floor plan, this study indicates that
normal off-the-shelf brackets and screws would be
insufficient to supply enough rotational ductility and
tension resistance to develop catenary action. Therefore
this detailing cannot be used for design against
disproportionate collapse of multi-storey CLT buildings.
 The study also confirmed that sizing of
structural elements plays an important role in keeping
the final failure within set collapse thresholds;
serviceability and ultimate limit states designs and
checks would not be sufficient.
 There is a need for further analysis to check the
stresses within the CLT panels, necessary to develop
catenary action. Even though adequate connection
detailing is provided, it is still essential to check whether
the CLT panels themselves would be able to physically
accommodate the anticipated deformations.
 This study also recommends, for better
estimations on the probability of failure, a reliability
analysis of the proposed buildings in order to account for
uncertainties on the magnitude of extreme loadings,
element and connection stiffness.
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RELIABILITY BASED DESIGN OF TIMBER STRUCTURES SYSTEM
FOCUSSED APPLICATION
Fin G rhard1, Ro

rt Jo
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ABSTRACT: The present paper gives an overview about different aspects related to system focused reliability based
design of timber structures. At first the principles of structural reliability were introduced, including the probability of
failure, robustness and vulnerability. In the following the influence of the natural growth characteristics of timber, the
specific characteristics of different types of beam type elements, the influence of connections as well as the influence of
system effects between structural members on the reliability are discussed. A simple Finite Element model is presented
that is capable to account for varying element properties and connection stiffness. A small case study on a trussed girder
was performed in order to investigate the effect of different statically systems and the number of structural members.
KEYWORDS: Structural reliability, Code calibration, Structural systems, Robustness, Vulnerability, Direct and
indirect consequences

1 INTRODUCTION 4
Structural design codes are developed to design structures
and structural elements on a rationale base that balance
the associated risks, or simplified the associated failure
probability, and the investments into more safety such as
larger cross sections. One approach to optimise the design
codes with respect to an accepted failure probability is the
so-called reliability based code calibration, which has
been formulated by several researchers (e.g. [1],[2],[3])
and are already implemented in several design codes (e.g.
OHBDC [4], NBCC [5], Eurocodes [6]).
Modern design codes, such as the Eurocodes [6], are
based on the so-called load and resistance factor design
(LRFD) format. For detailed information see [7], [8]; for
timber specific examples see [9], [11][10], [11]. In the
LRFD, the structural design is developed for the
reliability against failure of individual structural
components. These components can be
 an entire structural member (e.g. a glued
laminated timber beam, denoted GLT),
 an individual element of a structural member
(e.g. the most stressed components of a timber
frame structure), or
 an individual connection.

1

Furthermore, the characteristics of different structural
systems are not covert within the current codes. As an
example: in the structural design it is not distinguished
between a robust and a non-robust structure. Another
example is ductility of the structure or the connections.
As a result, the present design solutions are reflecting the
anticipated target reliability of an individual structural
member and not the reliability of an entire structural
system or combined structural members such as frame
constructions; as it was already discussed in [12]. In other
words, nowadays, the reliability against failure of an
entire timber structure (in this paper defined as the
structure of an entire building) depends on parameter such
as:
 Number of structural members
 Type of structural members
 Number of elements within a structural member
 Type of connection
 Number of connections
 Type of structure
 Secondary structure
In the present paper several aspects related to structural
reliability of timber structures are introduced and
discussed. That also includes vulnerability and structural
robustness. The investigation is intent to be the basis for a
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system focused application of reliability based design for
timber structures.

2 STRUCTURAL RELABILITY
The actual behaviour of a structure is subjected to large
uncertainties and thus the design, assessment, inspection
and maintenance planning of a structure are decision
problems subject to a combination of inherent, modelling
and statistical uncertainties. In timber engineering the
uncertainties are larger (compared to other building
materials such as steel or concrete) due to the natural
growth characteristics of timber; i.e. the material
properties exhibit large variabilities and uncertainties.

is defined as: “The ability of a structure to withstand
events like fire, explosions, impact or the consequences of
human error, without being damaged to an extent
disproportionate to the original cause".
Both, robustness and vulnerability, are related to the
consequences which may be caused by a hazards event.
According to [16] consequences can be classified in direct
and indirect consequences. Indirect consequences can be
further divided in consequences of a failure on the entire
building and consequences of a failure for the society.
Figure 1 illustrates the interrelation between vulnerability,
robustness and consequences.

Structural reliability theory is concerned with the rational
treatment of uncertainties. In this section at first the
probability of failure and the associated structural
reliability is introduced. Afterwards the terms robustness
and vulnerability are introduced briefly.
2.1 Pro a ility o ailur
The failure of a structural component can be defined as a
non-fulfilment of its associated requirements, typically an
ultimate limit state requirements; e.g. a bending failure.
The state of a structure can be described by using the limit
state function g ( ) . For bending the limit state function
g ( )  m   m , where m is the resistance of the
structural member (here the bending strength) and  m is
a function of the applied load (here the bending stresses).
Every realisation where the applied stresses are larger
than the actual bending capacity lead to a failure of the
can be
structural member. The probability of failure
expressed by Eq. (1), f X is the joint probability function
of the random variable X .

 ( g ( X)  0) 



X(

)

(1)

g ( X ) 0

The structural reliability of a structural member is often
expressed by the reliability index  . Typical values for
the target reliability are   4.2 [7] and   4.7 [15].

   1 (

(2)

)

At this point it has to be mentioned that both, the applied
load as well as the resistance are functions of time.
Typically the load show a large variability over time (e.g.
snow load) whereas the resistance of a structural member
might be decreasing due to deterioration processes (e.g.
[13]). In this study time dependency is not considered.
Information about the consideration of time depended
variables can be found in e.g. [14].
2.2 Ro ustn ss

Vuln ra ility

When discussing the reliability of a structure aspects
associated to robustness and vulnerability have to be
considered. According to the Eurocode 0 [15] robustness

Figure 1: Representation o the mechanism generating
conse uences

3 ASPECTS RELATED TO THE
STRUCTURAL RELIABILITY OF
TIMBER STRUCTURES
In this chapter some general aspects related to the
structural reliability of timber structures are described. At
first the influence of the natural growth characteristics of
timber on the reliability of a structure is discussed.
Afterwards different types of beam type elements and
connections were introduced. The section concludes with
a short discussion about system effects between structural
members on the reliability of structures.
3.1 Tim r a ro n mat rial
As a natural grown material structural timber and other
engineered wood products demonstrate a larger variability
of the material properties compared to other materials.
The variability can be found within each individual timber
board, mainly due to the occurrence of knots and knot
clusters and between the timber boards; e.g. different
density, grow ring width. For a detailed description of the
within and between member variability see e.g. [17], [18],
[19].
In engineered wood products, such as GLT, the variability
of the material properties is reduced due to
homogenisation. In general it can be stated that the
smaller the individual components the larger the
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homogenisation; e.g. members fabricated out of veneers
(e.g. laminated veneer lumber LVL) demonstrate a
smaller variability compared to members fabricated out of
timber boards (e.g. GLT). However, the variability is still
large compared to other building materials.
As a result of the large variability within timber
components the size effect is of particular importance; i.e.
the load bearing capacity of larger structural members is
significantly reduced compared to small members.
Further information about the size effect can be found in
[20], [21], [22], [23].
3.2 Stru tural syst ms –

am ty

l m nts

A large proportion of timber structures are fabricated out
of beam type elements. Typical examples are solid
members, timber roof trusses and trussed girders.
3.2.1 Solid ams m m rs
The main characteristics about solid beam members (e.g.
structural timber, GLT or LVL beams), on the structural
reliability are (1) the variability of the material used, (2)
the magnitude of homogenisation and (3) the dimension
of the structural member. However, this affects are, to
some extent, already considered in the current design
codes. Thus they are not further described in this paper.
3.2.2 Tim r roo s truss s
Timber roof structures are widely used, in particular for
small scale roof structures. A typical timber roof truss
consist several connected structural components. One
possible example is illustrated in Figure 2. It is obvious
that the probability of failure of such a member is related
to the properties of the individual components (the timber
parts as well as the connections).

Figure 2: chematic illustration o a tim er roo truss

The system effect of timber roof structures was
investigated in e.g. Mtenga et al. [24] and Hansson and
Thelanderson [25]. Mtenga et al. [24], considered among
others, the capacity of individual members and
connections as well as excessive deformation due to loss
of stiffness as a result of a failed component. They found
out that the weakest-link-system failure approach is an
inappropriate failure model for the investigated type of
roof structures. The variability of the system strength was
about half of the variability of the individual truss
strength, that turned into about 25% higher characteristic
strength properties.
The model presented in Hansson and Thelandersson [25]
additionally considered the within member variability of
the individual truss elements, by using the model

presented in Issakson [17]. The investigation show a
significant system effect resulting from the within
member variability.
3.2.3 Tim r truss d ird rs
Large timber beam type elements are often of so-called
trussed girders (see e.g. Figure 5). Typically, trussed
girders are fabricated out of engineered wood products
(e.g. GLT). The upper and lower cords are often entire
beams, respectively. For very large girders they can also
be fabricated out of more beam elements connected with
each other. Between the upper and lower cords vertical
and/or diagonal beam elements are used.
Due to the large amount of components and connections
the number of possible failure types become large.
However, usually many of the component are fabricated
with the same dimensions; e.g. all vertical columns. Thus,
only a few components are relevant for the design, which
somehow support the current design approaches.
However, for a precise estimation of the mechanical
behaviour further characteristics such as stiffness of the
connections or the variability of the material properties
have to be taken into account. Furthermore, timber roof
structures are often statically over-determined; thus the
failure of one component does not necessarily lead to a
failure of the entire structure.
3.3 Conn tions
Connections are important elements of structures enabling
the transfer of loads between individual members.
Connections are involved in a considerable number of
cases of failures or collapses of structures as evaluations
of failure events have shown (e.g. [26], [27], [28]). When
designing timber structures it should be aimed at
sufficient ductility of the connections in order to achieve
a robust structures.
Dowel type fasteners are traditionally used in timber
structures. The resistance of dowel type timber
connections is commonly determined as the minimum of
the load-carrying capacities estimated according to the socalled European Yield model (EYM), which is based on
studies by Johansen [29]. Depending on the thickness of
the timber members either embedment failure of the
timber and/or the ductile failure of the dowels is the
governing failure mode. Commonly a ductile failure of
the dowels is desired in order to obtain sufficient
deformation capacity of the connection. This ductile
failure requires certain minimal thickness of the timber
members and minimal end and edge distances of the
fasteners.
The embedment strength of the timber and yield strength
of the fasteners are the material properties with the highest
relevance to the structural behaviour of shear connections.
Whale & Smith [30] and Whale et al. [31] performed
extensive studies on the determination of the embedment
strength properties. The results served as a basis for the
material property values currently given in EC 5 [6].
Leijten et al. [32] determined the distribution
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characteristics being relevant for the reliability analysis of
connections with dowel-type fasteners. The embedment
strength is highly correlated with the timber density.
The interaction of the different materials in a connection,
i.e. the timber and the steel fasteners, results in a smaller
variability of the resistance in case of a ductile failure
mode due to a much smaller variability of the properties
of the steel elements [40]. Hence, it can be benefited from
the considerably lower partial safety factors for the
metallic fasteners when evaluating the reliability [33]. In
the current EC 5 [6] design equations, this benefit
amounts to about 15%. This factor, however, is based on
simple comparison of test results with theoretical values
[34].
3.4 Syst m

t

t

n stru tural m m rs

As mentioned in Section 3.1, the material properties of
structural timber components demonstrate large
variability. In order to compensate this variability the
design of timber structures is concerned to large partial
safety factors. Due to the large variability of the material
properties and the associated large partial safety factors
structural timber members are usually significantly
overdesigned; i.e. the ‘real’ load bearing capacity of the
majority of the structural members is significantly larger
than required.
Considering a structure with a very stiff secondary
structure, the main structure are several single supported
beams. In the case that one of the main structural members
is a very low realisation (i.e. low strength and low
stiffness properties) it would be supported by the adjacent
structural members due to load redistribution. As a result
of the large variability of the material properties in timber
the adjacent structural members are usually able to resist
the additional load due to the redistribution.
For further information about robustness of large span
timber structures it referred to [35], [36].

4 CASE STUDY

hinged (transfer of normal- and shear forces) conditions.
In the following the extension of the program is discussed
in order to account for the individual stiffness of the
connections between the elements in the present study.
A new type of beam elements was introduced for that
purpose. A 2D illustration of this element is shown in
Figure 3. The entire element consists of a beam part that
is connected by springs to the nodes 1 and 2. The
structural behaviour of the beam part can be described by
the MOE, cross-section , moment of inertia yy, torsional
moment of inertia
and length of the beam l. The
beginning and end of the beam is connection by springs
to node 1 and node 2. These springs exhibit normal (k ),
shear (k ) and rotational (k y) spring coefficients.

k
k
k

,1
,1

y,1

,

,
,l
yy,

1

k
k

,2
,2

k

y,2

Figure 3: llustration o the eam element use in the
o el

2

-

The local stiffness matrix Ki is a function of all the above
described parameters. It becomes complex due to the
interaction of the stiffness of the beam and the spring
coefficients in all directions of space. The general impact
of the springs on the effective stiffness of the element can
be shown for the x-direction:
i

(1,1) 

l



1
1
k


,1

(5)

1
k

,2

The components of the matrix in describing the shear and
moment stiffness are influenced by both the shear and
rotational springs. The impact of springs with different
rotational stiffness on component
with
i(9,5)
( ,2= i(9,5)· y,1) is shown in Figure 4.

4.1 Finit El m nt Mod l
A simple Matlab based Finite Element Models was
developed based on an existing program published by
Rahami [37]. The program allows to discretize beam type
structures and to calculate the internal deformations U
from the stiffness K for given external loads F.

U  K 1F

(3)

The internal forces Qi in an individual element i are
derived from the local stiffness matrix Ki:

Qi  K iU i

(4)

In the original model by Rahami [37] the connections
between elements can be modelled either by fixed
(transfer of normal- and shear forces and moments) or by

Figure 4: mpact o rotational spring sti ness at the elements
en s on sti ness component i ,
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It can be seen that the component varies between the
boundaries of hinged-hinged and fixed-fixed conditions.
It should be noted that for case of zero rotational spring
stiffness no bending moment can be carried and
transferred by the element used. In the model only nodes
forces were applied.
4.2 Mod l d s ri tion
The presented model is used applied on a case study of a
trussed girder. The dimensions of the timber frame were
used in accordance to an existing structure:
 20 m total span
 8 fields of 2.5 m length
 3m height
 Dimensions of the upper and lower cord:
200/440 mm
 Dimensions of the diagonals: 200/260 mm
 Dimensions of the verticals: 200/200 mm
 Connections
diagonal

vertical

2.5

y



n


i 1

i 1
2
i

2
i

i 1
n

2
i

(7)

y
i 1

2
i

The resulting elastic stiffness of details is based on the
stiffness of a dowel in a single shear connection
1.5
/23.
ser = ρ
Table 1: Stiffness of the connection used in the case study

diagonal
vertical

k [N/mm]
4.3·105
3.3·105

k y [Nmm/rad]
~2.8·106
~2.8·106

4.3 Cas study
Three different configuration of the trussed girder have
been studied:
ype

lower
cord
2.5

k

n

 y

ll no es are hinge

3.0

upper cord

n

ser

2.5

2.5

20

2.5

2.5

2.5

2.5

[m]

ype
pper an lo er cor are continuous, other connections
e hi it a ial an rotational sti ness

Figure 5: llustration o the simulate truss gir er

The detail of a connection between diagonal, vertical and
lower cord is shown in Figure 6. The connection is made
by two slotted in steel plates of 5 mm thickness each. The
dowels have a diameter of = 12 mm.

Vertical 200/220
GL 24h
20 dowels =12 mm

ll no es are i e

200

84

200
40 40 40 40 40

ype

440

40 40 40 40 40

60

84

84

84

Figure 7: llustration o the three con igurations use in this
case stu y

Lower cord 200/440
GL 24h
18 dowels =12 mm
84

84
47 6 94 6

47

Figure 6: etail o a connection o the trusse gir er

The detail of the connections are identical in all nodes.
The resulting normal and rotational spring coefficients
can be determined according to Noguchi & Komatsu [38]
as follows:

k



n


i 1

ser

(6)

As already mentioned the material properties can be
allocated to each individual component. In this example
the material properties were applied according to JCSS
[7]; summarized in Table 2 & 3. At this point it has to be
mentioned that usually all components within one frame
structure might be fabricated out of timber boards of the
same source and by one fabricant. However, the values
present in JCSS [7] do reflect the variability of the basic
population. As a result, the variability of the material
properties between individual components of one frame
structure might be smaller.
Table 2: Material properties used in the case study

Material properties
Distribution
COV
Bending strength m
Lognormal
0.15
Lognormal
0.18
Tensile strength t
Stiffness*
Lognormal
0.13
*The stiffness properties for tension and bending are
assumed to be equal.
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Table 3: Correlation between the material properties used in
the case study
m
m
t

t

1

0.80

0.60

0.80

1

0.80

0.60

0.80

1

The load is applied as single forces in the nodes of the
upper cord, which represents a uniform loading of the
girder. In the present example it was only focused on the
resistance, thus a constant load was assumed for all
calculations. To compare the values between each other,
they are scaled to a reference frame. In the reference frame
(Type 2) the upper and lower cord are assumed to be
continuous beams, having the same material properties
over their entire length. For the connection of all other
components the stiffness was assumed according to Table
1. In the presented example it is only focused on the lower
cord. As the failure criteria the superposition of normal
and bending stresses is chosen. For each of the following
cases 1000 simulations were performed.
In the first example the results of the different static
systems according to Figure 7 are compared. The results
are illustrated in Figure 8. Here the solid line illustrates
the reference frame, the dashed line illustrates the
example with the hinged nodes (Type 1) and the dotted
line represents the example with the fixed nodes (Type 3).
It is obvious that the assumption of the hinged joints leads
to a significant underestimation of the stresses. In this
example the load-resistance ration is about 75% percent
(for the characteristic value). This almost reflects the
design regulations given in the Swiss standard SIA 265
[39]; there the design resistance have to be reduced by 1/3
if the calculation is performed assuming hinged joints in
all nodes7.

In the second example upper and lower cord were
simulated as two individual beams, connected somewhere
in the middle of the span. The results are illustrated in
Figure 9: the grey lines represent the results for two-part
cord truss girder. It is obvious that for both statically
systems the load-resistance ratio is significantly larger for
the two-part cord system, since the failure of the structure
is always related to weaker member of the cord. However,
there is a difference between the two systems. For beam
type 1 the ratio increased 17% and for beam type 2 only
9% (for the characteristic value).

Figure 9: Cumulati e istri ution o the normalise loa resistance ratio or i erent statically systems, one time or a
continuous cor , one time or a t o-part cor

The example illustrated in this paper is very simplified, in
particular in respect to the failure criteria (only a tension
and bending failure of the lower cord is taken into
account), the material properties (assumed to be constant
within each component, and the stiffness of the
connections (assumed to be linear-elastic). For further
investigations the model should be extended by additional
failure modes (e.g. compression, shear, buckling etc.),
non-linear behaviour of connections and varying material
properties along the member axis.

CONCLUSIONS

OUTLOOK

The present paper shows an overview about different
aspects related to structural reliability of timber structures,
that have to be taken into account for a system focused
application of the design of timber structures. Including
the influence of the natural growth characteristics, the
specific characteristics of different types of beam type
elements, the influence of connections as well as the
influence of system effects between structural members.
Figure 8: Cumulati e istri ution o the normalise loa resistance ratio or i erent statically systems

7

Additional requirements have to be fulfilled, e.g. the height of
cords has to be lower than 1/7 of the mean height of trussed
girder.

A small case study on a trussed girder was performed in
order to investigate the effect of different static system
and numbers of structural members.

WCTE 2016 e-book | 3708

It is planned to continue the investigation. Using the Finite
Element model presented in this paper the following
parameters should be accounted for in further more
sophisticated studies:
 Additional failure modes like e.g. compression,
shear, buckling etc.
 Non-linear behaviour of connections.
 Impact of varying material properties along the
member axis.
 Implementation of shear deformations.
 Behaviour of parallel systems and 3-D
structures.
 Aspects of time dependency (influence of
duration of load effects).
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MECHANICAL PROPERTIES OF CROSS-LAMINATED TIMBER ACCOUNTING FOR NON-BONDED EDGES AND ADDITIONAL CRACKS
John A. Nairn1
ABSTRACT: Cross-laminated timber (or CLT) must be recognized as a “precracked” wood composite material where
the non-bonded edges within each layer act as cracks in the structure. Furthermore, differential shrinkage between the
layers of installed CLT panels subjected to variations in moisture and temperature will result in additional cracks forming
parallel to the initial precracks. Fortunately, there is a large literature on the effect of such cracks in cross-laminated
composites used in aerospace composites. This paper applies prior literature (when available), and extends it (when
needed) to derive all mechanical, thermal expansion, and moisture expansion properties of CLT as s function of the
number of cracks in each layer. These results can be used to better design CLT structures. Furthermore, because CLT will
form additional cracks when in service, these equations should be a key component of any durability analysis.

KEYWORDS: Cross Laminated Timber, Mechanical Properties, Thermal Expansion, Moisture Expansion, Durability

1 INTRODUCTION 123
Cross laminated timber (CLT) is made by laminating
three or more layers of timber such that the grain directions in alternate layers are at right angles to each other
much like the grain directions in the veneer layers of plywood. Glue is applied between the layers on the faces of
the timber, but no glue is applied on timber edges within
each layer. CLT must therefore be recognized as a
precracked composite where the timber edges represent
periodic “precracks” in every layer. Furthermore, CLT
will develop more cracks over time due to environmental
exposure and differential layer shrinkages. For example,
figure 1 shows a CLT structure on display in the lobby of
the College of Forestry at Oregon State University illustrating both “precracks” (non-bonded edges) and “added
cracks” (within timber elements). Those involved in wood
construction are used to seeing cracks in solid-sawn lumber and glulam, but the structure of CLT causes the driving force for formation of such cracks to be much greater
[1-4] and the consequences of those cracks to be more severe [5-7]. Attempts to ameliorate effects of precracks by
applying glue to the edges would be thwarted by natural
formation of added cracks over time.
The inescapable conclusions are that CLT structures must
be designed with tools that recognize cracks and durability analysis of CLT must account for the rate of formation
of added cracks and their role in changing the properties
of the structure. Fortunately, the analysis of CLT need not
re-invent the tools because many of the needed methods
1

John A. Nairn, Oregon State University, Corvallis, OR USA,
John.nairn@oregonstate.edu

Figure 1: Typical CLT has “precracks” (initial non-glued
edges) and “added cracks” induced by environment.

are already available from prior research on cross-ply
laminates made with carbon fibre or glass fibre materials.
Applications of synthetic cross-ply laminates include bicycle tubes and ski poles. Common applications that are
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Figure 2: A three-layer CLT panel where 1, 2, and 3 refer to
laminate directions and Nij refer for force per unit length (force
resultants) applied to the laminate.

close to cross-ply laminates include filament wound pressure vessels and fibreglass pipes. Unlike CLT, synthetic
cross-ply laminates are not manufactured with precracks
(non-glued edges), but like CLT, laminates are prone to
added cracks (known as “microcracks” or “transverse
cracks”) caused by mechanical loads or by residual
stresses. The consequences of microcracks are a reduction
in laminate properties and a promotion of more serious
damage such as delamination. The linking of microcracks
and delaminations can lead to leakage in pressure vessels
or pipes that represent functional failure despite only
modest changes in mechanical properties [8].
The analysis of microcrack formation in cross-ply laminates has focused on energy methods where the next crack
forms when the energy release rate for formation of the
next microcrack exceeds the toughness of the ply material
[1-4]. A prerequisite to finding this energy release rate is
a mechanics analysis for the mechanical and expansion
properties of the laminate as a function of the number of
microcracks [1-7]. Although most prior microcracking
models have been 2D models for cracking in a single
layer, Hashin analysed a three-layer, cross-laminated
composite with orthogonal cracks in all layers [6]. This
paper applies and extends Hashin’s variational mechanics
methods to find in-plane moduli, Poisson’s ratio, and thermal and moisture expansion coefficients of CLT, all as a
function of crack spacings in the layers. The use of these
results for evaluating the driving forces for formation of
additional cracks is briefly discussed.

2 THEORY
The most relevant paper for analysis of CLT is Hashin’s
3D analysis of an orthogonally cracked laminate [6].
From a mechanics point of view, Hashin’s paper analysed
the CLT panel shown in figure 2, and completed that analysis before CLT was developed as a product. Hashin’s
solved for modulus in the laminate 1 direction (due to load
N1) and for Poisson’s ratio (ν12) for a laminate with transversely isotropic plies with fibre direction defining the axial direction. This section applies his methods to include
orthotropic properties of wood for the layers, to additionally determine properties for loading in the laminate 2 direction (due to load N2), and to give a corrected Poisson’s
ratio.

Figure 3: Unit cell for analysis of CLT properties. The shaded
regions are crack surfaces. A and B are for loading in the 1 and
2 directions, respectively.

Figures 3A and B show analysis coordinates for a single
unit cell between cracks (which are indicated as shaded
areas) in the three layers for loading in both the 1 (as done
by Hashin) and 2 (added here) directions. To maximize
overlap with Hashin's analysis, the direction 2 unit cell rotates material properties by 90˚. Each problem considers
one half by symmetry defined by 0 ≤ z ≤ h = t1 + t2 with –
a ≤ x ≤ a and –b ≤ y ≤ b for direction 1, but –b ≤ x ≤ b and
–a ≤ y ≤ a for direction 2. Note that the z axis for direction
2 is shifted from the centre to the left edge. With this shift,
the layers labelled (1) and (2) retain the same orthotropic
wood properties in the two unit cells — longitudinal, L,
direction in y direction for layer (1) and x direction for
layer (2) — and have cracks on the same surfaces. When
the cracks are edges of timber elements, distances between the cracks (2a and 2b) are widths of timber in those
layers. Most CLT will have layers of the same thickness
(2t1 = t2) and us lumber of the same width (2a = 2b), but
these parameters can be left as independent variables to
keep the analysis more general.
Hashin’s analysis [6] is too lengthy for this proceedings
paper. Instead, the analysis procedure is outlined and
complete results for calculations are provided. The reader
is referred to Hashin’s paper [6] and a longer CLT publication for analysis details [9]. Hashin wrote the components of total stress in layer (k) as:
(k,tot)

σij

(k,0)

= σij

(k)

+ σij

where σij(k,0) is the stress in the corresponding CLT panel
with no cracks and σij(k) is the perturbation stress or change
in stress due to addition of cracks. He derived a 3D admissible stress state for each layer [6], which can be generalized to account for direction i loading (i =1 or 2). The tensile stresses in the layers are
(1)
σxx
= −σ0 kxi φi (x)

(2)
σxx
=

σ0 kxi φi (x)
λi

(1)
σyy
= −σ0 kyi ψi (y)

(2)
σyy
=

σ0 kyi ψi (y)
λi
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where σ0 is uniaxial applied stress (in direction i), φi(x)
and ψi(y) are four unknown functions (two for each loading direction), λ1 = t2/t1, and λ2 = t1/t2. The stiffnesses, kxi
and kyi, give the stress in layer 1 of a CLT with no cracks
due to uniaxial load in direction i:
(1,0)
σxx
= kxi σ0

and

(1,0)
σyy
= kyi σ0

where kxi and kyi are easily calculated from classical laminated plate theory [9,10] and are given in the appendix.
The remaining 3D stresses (all shear stresses and normal
stresses in the z direction) are given elsewhere [6,9]. The
main simplifying assumptions are that σxx(k) depends only
on x and σyy(k) depends only on y. Otherwise, the stress
state is a valid admissible stress state. It satisfies all 3D
equilibrium conditions, has zero shear on free surfaces
and on midplanes of symmetry, has zero normal stress on
free surfaces, and satisfies continuity of stresses as needed
at layer interfaces.
Finally, the stresses satisfy all traction boundary conditions by virtue of the initial stress state and providing the
unknown functions satisfy:

φ1 (±a) = ψ1 (±b) = 1 φ01 (±a) = ψ10 (±b) = 0

(1)

φ2 (±b) = ψ2 (±a) = 1 φ02 (±b) = ψ20 (±a) = 0

(2)

The function boundary conditions result in zero normal
stress on all crack surfaces. Because shear stresses are
proportional to function derivatives [6,9], the zero boundary conditions for derivatives gives zero shear stress on all
crack surfaces.
The next step is to evaluate the total complementary energy in the unit cell. Because the stress state is admissible,
one can then determine the best approximate stress state
by minimizing that complementary energy. The minimization process, by using variational calculus, leads to coupled differential equations for the four unknown functions, which can be solved analytically using the boundary
conditions in equations (1) and (2). The solutions are provided in the appendix.

2.1.1 In-Plane Tensile Moduli

By theorems of variational mechanics [6], the minimized
complementary energy leads to lower bound moduli in the
two directions as a function of crack spacings (a and b) in
the layers [6,9]:

1
1
Kx1 hφ1 i + Ky1 hψ1 i
≤ 0 +
E11 (a, b)
E11
1 + λ1

(3)

1
Kx2 hφ2 i + Ky2 hψ2 i
1
≤ 0 +
E22 (a, b)
E22
1 + λ2

(4)

where superscript 0 indicates hypothetical CLT properties
with no cracks and


kxi (λi EL + Et ) − 2kyi Et νLt (1 + λi )
Kxi = kxi
λ i EL Et


kyi (EL + λi Et ) − 2kxi Et νLt (1 + λi )
Kyi = kyi
λ i E L Et

where hφi i and hψi i are average values of those functions
for loading direction i in the unit cell. EL, Et, and vLt are
moduli and Poisson's ratio for the lumber in the plane of
the CLT layers. L stands for longitudinal wood properties
while t stands for property perpendicular to the grain direction and its direction in the wood will depend on the
transverse grain pattern of the lumber (see sample grain
patterns in figure 2 and the appendix for more details on
wood property settings).

2.1.2 In-Plane Poisson's Ratio

Although it is not possible to place bounds on Poisson ratios, it is possible to calculate them using the above stress
state. For direction 1 loading:

ν12 (a, b) = −

h"22 i
E11 (a, b)
σ0

where hε22 i is average strain in the 2 direction. Hashin
mistakenly equated this term to average strain over all layers [6], but that calculation does not account for extra
strain resulting from crack opening displacements. After
accounting for crack opening strain, hε22 i can be derived
as equal to average y direction strain in layer (1) only [9].
Finding this hε22 i from the solved stress state (and a similar calculations for loading in direction 2), the in-plane
Poisson’s ratios are:

ν0
ky1 hψ1 i − νLt kx1 hφ1 i
ν12 (a, b)
= 12
+
0
E11 (a, b)
E11
EL

(5)

ky2 hψ2 i − νLt kx2 hφ2 i
ν0
ν21 (a, b)
= 21
0 +
E22 (a, b)
E22
EL

(6)

These two results are, as expected, identical and therefore
satisfy standard relations between Poisson ratios.

2.1.3 Thermal and Moisture Expansion
Coefficients

The usual approach to finding thermal expansion coefficients is to start over with a new stress analysis that explicitly includes residual stresses, but that work is not
needed. Instead, thermal expansion coefficients of the
CLT structure can be found from the Levin equation [11]:
E
X D
σ (m) · αef f =
Vi σ (i,m) · α(i)
i

where αef f is effective thermal expansion tensor of the
composite. The sum is over phase i with volume fraction
(i,m)
i is
Vi and thermal expansion tensor α(i) where hσ
the average stress tensor in that phase due to any applied
mechanical stresses σ (m) (i.e., the approximate stress
state solutions). Applying this result to separate calculations using the direction 1 and 2 stress state solutions, the
calculations leads to:
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Table 1: Softwood lumber properties for CLT calculations.
Moduli are in MPa and moisture expansion coefficients are %
strain/% moisture content.

Property
EL
ER
GLT
νLR
νRT
βR

Value
8000
960
800
0
0
0.16

Property
ET
GLR
GRT
νLT
βL
βT

Value
620
800
80
0
0.0
0.26

Figure 5: The in-plane shear modulus calculated using an MPM
model with N X N units cells with a = b = 40 mm as a function
of N. The graphic show 3D MPM model with 5 X 5 unit cells.

Figure 4: In-plane tensile and shear modulus by equations
(solid lines) and by 3D MPM calculations (symbols). The filled
symbols are for shear modulus with frictional contact on board
edges. The dashed vertical line is as-made CLT crack density.
The dashed horizontal lines and ply discount calculations.

where αL and αt are the longitudinal and perpendicular inplane thermal expansion coefficients of the wood (see appendix for details on wood properties). Note that the CLT
expansion coefficients with no cracks (α10 and α20) are
found using the above expressions by setting hφi i and
hψi i to zero. This result is, as expected, identical to classical lamination theory approach to thermal expansion coefficients [10].
The analysis for moisture expansion coefficients, which
may be more important for wood products, is identical and
follows simply by replacing all thermal expansion coefficients (α) with the corresponding moisture expansion coefficients (β) for both the CLT panel and the wood.

3 RESULTS AND DISCUSSION
This section gives sample calculations for CLT properties
as a function of crack spacings for three layer CLT made
from flat-sawn lumber. The initial lumber cross section is
40 X 160 mm (1.57 X 6.30 in) and identical in all layers
leading to 2t1 = t2 = 40 mm and a = b = 80 mm. All results
are plotted as a function of dimensionless crack density
equal to 1/ρ1 = a/t1 where ρ1 is the aspect ratio of the lumber's cross-section. The as-made CLT has 1/ρ1 = 40/160 =
0.25 while zero crack density corresponds to CLT with no

cracks and 1/ρ1 > 0.25 corresponds to changes in properties caused by added cracks (as seen in figure 1). The assumed wood properties are in Table 1; for flat sawn lumber t and r in CLT correspond to T and R directions in the
lumber.
Figure 4 plots the in-plane tensile moduli calculated by
equations (3) and (4) and the results are normalized to
moduli for CLT with no cracks. The vertical dashed line
shows the as-made CLT while the horizontal dashed lines
show the “ply-discount” limit for an infinite number of
cracks. These moduli decrease as crack density increases.
The ply discount limit corresponds to a calculation that
assumes the 90˚ plies contribute zero stiffness to the
panel. The reason tensile moduli decreases are modest is
because of the high EL/ET ratio for wood. The 90˚ degree
layers never contribute much stiffness and therefore when
cracks form the degradation is rather small. The degradation would be slightly larger for radial-sawn lumber (because ER > ET).
The calculated moduli are formally lower bound predictions (i.e., conservative) of the actual moduli. To check
the utility of these lower bounds, the symbols show 3D
material point method (MPM) calculations [13,14] for inplane tensile moduli. The analytical and numerical results
agree well demonstrating that the lower bounds are close
to actual moduli.
Hashin's paper on orthogonally cracked composites mentions that “the problem of shearing of a cross-ply will be
considered elsewhere.” [6] Unfortunately, it turned out
that the variational methods used for in-plane axial loading do not extend easily to in-plane shear loading. It is
difficult to find an admissible stress state that is sufficiently robust to describe all 3D shear while also being
simple enough for a closed-form, variational mechanics
solution for shear modulus [15]. To provide complete results, this section quotes an alternate in-plane shear analysis method by Bogensperger et al. [16]. This analysis is
a hybrid analytical/numerical result. It starts with a very
simple model (e.g., zero stiffness transverse to the plies
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Figure 6: In-plane Poisson's ratios by equations (solid lines)
and by 3D MPM calculations (symbols). The dashed vertical
line is as-made CLT crack density.

Figure 7: In-plane moisture expansion coefficients calculated
by variational mechanics). The dashed vertical line is as-made
CLT crack density.

that is limited to CLT with constant board widths and constant thickness) and then calibrates the coefficients in this
simplistic model using 3D finite element analysis (FEA).
The resulting equation for three-layer CLT in current nomenclature is [16]:

curves) to 3D MPM calculations (symbols). The agreements are not as good as for moduli, but both results show
that both Poisson's ratios approach zero as additional
cracks are formed. Also note that the Poisson's ratios for
as-made CLT (vertical line) are significantly different
than the ratios calculated from a laminate theory that ignores cracks in the wood layers.
Figure 7 plots the moisture expansion coefficients for a
CLT panel as a function of crack density (no modelling
was done so curves are only for modelling predictions
from section 2.1.3). Both moisture expansion coefficients
approach zero as additional cracks are formed. Like Poisson's ratio, the moisture expansion coefficients for asmade CLT (vertical line) are significantly different than
the results calculated from a laminate theory that ignores
cracks in the wood layers. The modelling predictions for
thermal expansion coefficients would be similar.
The fact that shear modulus, Poisson’s ratio, thermal, and
moisture expansion coefficients for CLT with initial
cracks (based on lumber dimensions) are significantly different from simplified lamination models that ignore the
cracks, suggests that property analysis of CLT panels
should always account for those cracks. Ignoring the
cracks may overestimate these properties by 100%.

G12 (a, a) =

GLt
1 + 3.207ρ1−1.2053

(7)

where GLt is the in-plane shear modulus of the wood layers. This shear modulus result is compared to new 3D
MPM calculations in figure 1. The agreement is reasonable with differences likely attributed to boundary conditions used in the FEA modelling in Ref. [16] compared to
MPM modelling used here.
In MPM calculations here, attempts to model a single unit
cell with shear force applied only to non-cracked surfaces
only were not realistic The alternate approach used was to
increase the size of the modelled CLT to include N X N
unit cells and apply uniform shear on edges of the full
structure. For large N, this approach is modelling a complete CLT panel. Analysis of multiple unit cells requires
numerical methods that can handle sliding at interior nonglued edges but stick conditions on glued faces. Fortunately, MPM is capable of handling this issue [14]. Figure
5 shows shear modulus calculated from such an N X N unit
cell model with a = b = 40 mm as a function of N. The
results show that N ≥ 4 is sufficiently large for numerical
results to be representative of a full CLT panel. The shear
modulus calculations in figure 4 used N = 5.
An interesting application of 3D MPM modelling of N X
N unit cells is to investigate the role of friction between
the edges. The filled symbols in figure 4 show numerical
results for shear modulus when the coefficient of friction
between wood edges is 0.3. In the presence of friction, the
shear stiffness only slightly increased. One should not expect that frictional loading would significantly ameliorate
the effects of non-glued edges or added cracks.
Figure 6 compares in-plain Poisson's ratios for a CLT
panel (ν12 and ν21) by modelling (equations (5) and (6) as

3.1.1 Formation of Added Cracks

Potentially more important then initial CLT properties is
how the properties will change in service. Changes in
properties are expected because CLT will develop cracks
and those additional cracks will change properties as
shown in figure 4, 6, and 7. The properties that change the
most are shear modulus, Poisson's ratios, and thermal and
moisture expansion coefficients. In aerospace cross-laminated composites, it has been shown that the driving force
for additional cracks is the total energy released due to the
formation of each crack [1-4]. This key crack driving
force can be calculated once effective mechanical and expansion properties are known.
Imagine an as-made CLT panel with lumber dimensions
corresponding to a = b = a0. If this panel is loaded in the
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1 direction with stress σ0, the first added crack will expected to form perpendicular to the wood grain in the (1)
layer and form at the middle of one piece of lumber. This
crack will change crack spacing from a0 to a0/2. From microcracking analysis in cross-laminated composites [14,17,18], the energy release rate (energy per unit crack
area) for this added crack is:
 (1,0) 2


σxx
a0 B
1
1
−
Gac =
2
2t1 kx1
E11 (a0 /2, a0 ) E11 (a0 , a0 )
where B = 2(t1 + t2) is total CLT thickness and
(1,0)
σxx
= kx1 σ0 + kth,1 ΔT + km,1 Δc

is the total stress in layer (1) for a CLT with no cracks.
Importantly, this stress includes both applied load (σ0) and
residual stresses caused by changes in temperature (ΔT)
or changes in moisture content (Δc). The new constants,
kth,1 and km,1 give residual stresses in layer (1). These terms
are easily calculated from laminated plate theory [3] (but
not given here). The next crack will form when Gac exceeds the toughness, Gc, of the wood. For Douglas fir, the
initiation toughness is about 200 J/m2 [19].
The observation that CLT naturally forms additional
cracks with minimal external load (e.g., figure 1), suggests that the main driving forces for crack formation are
residual stresses due to changes in moisture and temperature. The above energy release rate equation can be a tool
for predicting the rate of formation of such cracks. The
extension to further cracking would replace a0 by the current crack spacing. The modelling of cracks in the outer
layers would use a corresponding equation based on
changes in E22(a,b) and crack spacing’s in that layer. A
robust approach to modelling durability of CLT panels
should use these tools to account for the rate of formation
of additional cracks and use the modelling to predict how
those extra cracks will change all mechanical and expansion properties of the panel. This work will be addressed
in a future publication.

3.1.2 Limitation and Future Work

The variational mechanics analysis presented above is
limited to three layer CLT and to in-plane mechanical
properties. Although the variational methods could be extended to more layers, the problem would involve a system of coupled equations that would likely need a numerical solution. Similarly, the variational methods could be
used for laminates in bending [20,21], but only have a
closed-form solution for three layer CLT.
A potential method to approximate CLT with any number
of layers and to calculate bending and twisting properties
is to use damage mechanics [22]. In this approach, a ply
with cracks is replaced by a homogeneous ply with degraded properties. The degraded properties of a cracked
wood layer could be evaluated by inverting an analysis for
a three layer CLT with uncracked layers (see equations in
the appendix) to solve for the effective layer properties
required to match the variational mechanics results for
mechanical properties as a function of the crack spacings
in the layers. Once the effective properties are found, they
could be input to classical laminated plate theory [10] to

find CLT properties for any number of layers and to find
laminate flexural properties.
Another limitation is that analysis is linear elastic. One
non-linearity is the difference between tension and compression. The analysis assumes crack surfaces have zero
normal stress, which is appropriate for tensile loading.
During compression, however, the crack surfaces may
come into contact and transmit normal stress (although
would transmit shear stress only if sufficient friction). As
a result, the compression moduli are likely to be higher
than the tensile moduli. This effect would also affect
bending calculations where some layers are in compression and others are in tension. Because cracks have a
larger effect on tensile properties then on compression
properties, the modelling used here can be claimed to give
conservative predictions that would lead to fail-safe design. Those willing to rely on crack surface contact to provide structural integrity could potentially design to higher
modulus values. Based on friction calculations in figure
4, however, crack surface contact likely has very little effect on shear modulus predictions.
The shear modulus predictions in equation (7) currently
used a prior model that required numerical calibration
[16]. A useful addition to CLT design would be a variational mechanics method to find a closed form solution for
shear modulus in the presence of cracks. This solution has
so far proved to be elusive.
Finally, durability analysis for CLT must account for the
formation of additional cracks. Useful future work, therefore, would be experiments to monitor the rate of formation of additional cracks due to applied loads or to
changes in temperature and moisture. These experiments
could be analyzed by energy methods made possible by
the property analyses in this paper. Once crack formation
rates are known, durability could be predicted by modelling changes in structural integrity induced by the changes
in properties caused by the additional cracks.

APPENDIX
The CLT properties were determined relative to the hypothetical CLT with no cracks. This structure would correspond to solid wood layers or approximately to CLT layers with glued edges before the formation of any added
cracks. These properties can be found from classical laminated plate theory [9,10] applied to a laminate with an
odd number, n, of alternating 0˚ and 90˚ layers with 0˚
plies on the surfaces and the laminate 1 direction in the L
direction of the 0˚ plies. The results needed here are:
0
=
E11

QL RνLt
0 0
ν21 )
(1 − ν12
0
ν21

0
=
E22

0
ν12
=

QL RνLt
0 0
(1 − ν12
ν21 )
0
ν12

2nRνLt
(n − 1) + R(n + 1)

QL =

EL
2
1 − RνLt

G012 = GLt
0
ν21
=

0
0
ν12
E22
0
E11

where EL and GLt are tensile and shear moduli of the lumber parallel to the grain, νLt is the axial Poisson's ratio, and
R = Et/EL is ratio of tensile moduli in transverse and grain
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directions. Note that Et, GLt, and νLt purposely used lowercase t to avoid confusion with tangential (T) direction of
the wood. The actual values for these properties will depend on the end-grain pattern of the CLT lumber (see
samples in figure 2). For example, with flat-sawn lumber,
the t direction will approximately be the wood T direction
(Et = ET) direction and wood radial (R) direction will be
in the z direction. For radial sawn boards, the t direction
will be in the R direction (Et = ER) with wood T direction
in the z direction. For off-axis lumber (e.g., lumber cut
close to heartwood of the tree), Et may be less then both
ET and ER [12]. Although the analysis methods here could
easily be modified to account for different properties in
different layers, the results presented here assume identical or mean properties for all layers. Those properties can
be chosen to reflect the most common end-grain patterns
in the lumber. The use of n layers means these equations
apply to any odd-ply structure such as plywood or CLT
with more than three layers. The analytical results in this
paper are for n = 3. The damage mechanics approach mentioned above provides one approximate method for generalizing to n > 3 [9].
Classical lamination theory also provides the constants for
finding initial stresses in the layers:

kx1 =

0
QL (1 − νLt ν12
)
0
E11

kx2 =

0
QL (1 − νLt ν21
)
0
E22

ky1 =

0
QL (RνLt − ν12
)
0
E11

ky2 =

0
QL (RνLt − ν21
)
0
E22

Lastly, we need to minimize the complementary energy to
find the unknown φi(x) and ψi(y). These functions are
found by solving coupled differential equations, which
can be solved in closed form [6,9]. The solutions are best
expressed in terms of constants defined from the wood
properties. For loading in the i = 1 direction, the needed
constants are:

A0 =

C0 =
B1 =

1
1
+
Et
λi EL

1
1
+
EL λi Et

λi
1
+
3GLr
3GRT
B2 =
C2 =

B0 = −

A1 =
A2 =

νLt (1 + λi )
λ i EL

1
λi
+
3GRT
3GLr

(3λ1 + 2)νtr
λ1 νLr
−
3Et
3EL

(3λ1 + 2)νLr
λ1 νtr
−
3EL
3Et

For each loading direction i, the function φi(ξ) (where ξ =
x/ti) is determined using the above constants and new constants derived from the characteristic equation for the controlling differential equations [6,9]:

m1 =

C20 =

(2λ2 + 3)νtr
νLr
−
3Et
3EL

(λ2 + 1)(8λ22 + 12λ2 + 3)
60Er

A0
C2

kyi B0
kxi A0

p2 =

B2 − B 1
C2

m2 =

q2 =

C0
C2

kxi B0
kyi C0

where



2 α cosh(αρ1 ) sin(βρ1 ) + β sinh(αρ1 ) cos(βρ1 )
D1 =
β sinh(2αρ1 ) + α sin(2βρ1 )


2 β cosh(αρ1 ) sin(βρ1 ) − α sinh(αρ1 ) cos(βρ1 )
D2 =
β sinh(2αρ1 ) + α sin(2βρ1 )
q
1
p
α, β =
2 q 1 ∓ p1
2

and ρ1 = a/t1. The average value of φi(ξ) is


hφi i = 1 + m1 hψi i !1 − m1 hψi i

(A1)

where



2αβ cosh(2αρ1 ) − cos(2βρ1 )


!1 =
ρ1 (α2 + β 2 ) β sinh(2αρ1 ) + α sin(2βρ1 )

When 4q1 > p12:


φi (ξ) = 1 + m1 hψ1 i D1 cosh(αξ)


+D2 cosh(βξ) − m1 hψi i

where

D1 =
D2 =

−β sinh(βρ1 )
α sinh(αρ1 ) cosh(βρ1 ) − β cosh(αρ1 ) sinh(βρ1 )
α sinh(αρ1 )
α sinh(αρ1 ) cosh(βρ1 ) − β cosh(αρ1 ) sinh(βρ1 )
s
r
p1
p21
− q1
α, β = − ±
2
4

The average value of φi(ξ) is the same as equation (A1)
except now
!1 =

B20 =

q1 =

but A2, B2, and C2 are replaced by A2', B2', and C2 for loading in direction 2. All combinations of CLT properties
have pi < 0 and qi > 0, but the final solution depends on
their relative values. When 4q1 > p12:


φi (ξ) = 1 + m1 hψi i D1 cosh(αξ) cos(βξ)

+D2 sinh(αξ) sin(βξ) − m1 hψi i

(λ1 + 1)(3λ21 + 12λ1 + 8)
60Er

For loading in the 2 direction, use i = 2 in the first five
constants and replace the last three constants by:

A2 − A1
C2

p1 =

(α2 − β 2 ) sinh(αρ1 ) sinh(βρ1 )


ρ1 αβ α sinh(αρ1 ) cosh(βρ1 ) − β cosh(αρ1 ) sinh(βρ1 )

To find ψi(η), use the above equations but replace φi(ξ),
p1, q1, ρ1, m1, hψi i , ω1, and ξ with ψi(η), p2, q2, ρ2 = b/t2,
m2, hφi i, ω2, and η = y/ti, respectively and note that α and
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β will be different. Note that equation (A1) will now involve ω2 and the subsequent equation for ω1 now defines
the needed ω2.
All effective properties depend on the average values hφi i
and hψi i. To find these terms, solve equation (A1) and
the corresponding equation for hψi i to get:

[15]
[16]

hφi i =

ω1 − m1 ω2 (1 − ω1 )
1 − m1 m2 (1 − ω1 )(1 − ω2 )

[17]

hψi i =

ω2 − m2 ω1 (1 − ω2 )
1 − m1 m2 (1 − ω1 )(1 − ω2 )

[18]

where ω1 and ω2 are determined from the appropriate form
for φi(ξ) and ψi(η) in the previous equations. Repeating
this calculation for both loading directions determines all
terms need to find all mechanical properties for a threelayer CLT panels.
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SEISMIC DESIGN OF MIXED CLT/LIGHT-FRAME MULTI-STOREY
BULDINGS
Maurizio Follesa1, Massimo Fragiacomo2
ABSTRACT: This paper presents a study on the seismic design of hybrid multi-storey wood buildings made of CLT
and Light-Frame shear walls acting at the same level. Within the framework of the force-based method, the aim of this
study is to propose a simple formulation in order to establish the value of the q-factor of the hybrid system which could
be also implemented in seismic design codes such as Eurocode 8. This was achieved by analysing the results of nonlinear dynamic (time-history) analyses performed on a four storey case-study building with different combinations of
CLT and Light-Frame shear walls.
KEYWORDS: Mixed structures, CLT, Light-Frame, Non-linear analyses, Eurocode 8.

1 INTRODUCTION 12
Mixed structures are buildings where two different
lateral load resisting systems made of the same or
different materials are used at the same level (systems
working in parallel) or at different levels (systems
working in series). For the first case the most used
definition is “hybrid buildings” and for the second one
“podium structures”.
Most of the seismic design codes, such as Eurocode 8
[1], are based on a force-based design procedure,
according to which the design of ductile structures
should be carried out via an elastic (static or dynamic)
analysis where the seismic actions are reduced using an
Action Reduction Factor (ARF, which according to
Eurocode 8 is defined as behaviour factor q) in order to
account for the energy dissipation of the whole building.
This method obviously fails when two Lateral LoadResisting Systems (LLRS) with different non-linear
responses and therefore different q factors are used to
resist the seismic actions in the same direction. In this
case more detailed investigations using non-linear
analyses should be carried out, which are often too
complex and time-consuming for the everyday design
practice.
In the current version of the Eurocode 8 [1], guidelines
for the design of mixed structures are missing. Some
provisions are only given in the relevant chapter
(Chapter 7) for composite steel-concrete structures,
which are however treated as single structural system,
according to the corresponding description provided,
with their relevant value of the behaviour factor q.
1
Maurizio Follesa, dedaLEGNO, Firenze, Italy,
follesa@dedalegno.com
2
Massimo Fragiacomo, Department of Civil, ConstructionArchitectural and Environmental Engineering, University of
L’Aquila, Italy, massimo.fragiacomo@univaq.it

In a recently presented proposal of revision of the
Chapter 8 of Eurocode 8 for the seismic design of timber
buildings [2], some provisions are included on this
subject. If different lateral load resisting systems are
used to carry loads in the same direction and at the same
level, even if made of different materials, the lower
value of the behaviour factors q between the two systems
could be used. In order to use higher values of the
behaviour factor q, non-linear static (push-over) or nonlinear dynamic (time-history) analyses shall be carried
out to design the system; the use of specific analytical
relationships to determine the behaviour factor q of the
hybrid structure should be allowed if these relationships
are derived following a specified procedure. No
provisions are given for the case of podium structures.
In this paper a study on a specific application of hybrid
structures, i.e. buildings made of CLT and Light-Frame
shear walls acting at the same level, is presented with the
aim of providing a specific analytical relationship in
order to determine the behaviour factor q of the hybrid
structure.

2 HYBRID CLT-LIGHT-FRAME MULTI
STOREY BUILDINGS
The Light-Frame system and the cross-laminated
building system (CLT) are nowadays the two most used
structural systems in Italy and Europe for the
construction of multi-storey timber buildings. The
former system is well-known and widely used also in
North America, Asia and Australasia. The latter system,
despite its relatively recent development, is already
regarded as the main structural system used in Europe
for the construction of multi-storey buildings, with a
large number of significant buildings up to 9 storeys
recently built all over Europe.
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structural components of one of the two systems for the
seismic retrofit of existing timber buildings, like e.g. the
use of stiffening CLT walls inside existing Light-Frame
buildings, as it has been investigated within the NEESSoft Project [3].

Figure 1: 6-storey CLT building built in Florence, Italy, 2016.

Since both systems are widely used, there is a growing
demand by architects and designers about the possibility
of using both the structural types together as the lateralload resisting system in the construction of multi-storey
buildings, especially in earthquake prone areas. A typical
example is the design of Light-Frame buildings with
CLT stairs and lift cores or CLT buildings with Lightframe partition walls. The possibility of using hybrid
CLT/Light Frame construction in the same building
allows the best performance in terms of mechanical,
thermal and acoustic properties of the CLT panels to be
coupled with the lightness and ease of construction of
Light-Frame walls.

Figure 2: Example of timber building with external LightFrame walls and internal CLT walls.

Another option, even if less common in European
Countries where the construction of multi-storey timber
buildings has a less enduring tradition, is the use of

In order to better investigate the seismic design of hybrid
multi-storey timber buildings and find some provisions
which could be incorporated inside code proposals,
several studies have been recently conducted. Chen et al.
[4] developed an idealized elasto-plastic mechanicalbased model for the evaluation of the system ductility
ratio of hybrid systems with two different types of
LLRS. According to this simplified model, the ductility
of the whole system can be interpreted as a function of
stiffness ratio, strength ratio, ductility ratio and failure
displacement of the two subsystems. Besides, an
empirical model for estimating the ductility ratio µ, and
the ductility-related force modification factor Rd
according to the National Building Code of Canada
(NBCC 2010), of hybrid buildings containing two types
of LLRS is proposed and validated through non-linear
time-history analysis conducted on a reference casestudy hybrid buildings. The results showed that the
current approach of NBCC 2010 of considering the
lowest value of the force modification factor RdR0
between the two systems seems too conservative.
Guo et al. [5] studied the seismic performance of hybrid
podium structures with lower steel frames storeys and
upper Light wood-frame structure up to a maximum of 3
storeys. A case study building with plan dimension of
9.6x13.2 m was studied with 12 different combinations
of lower steel frame and upper Light-Frame structure
analysed with linear static, response spectrum and nonlinear time-history analysis. The analyses were
conducted with SAP2000 and wood light-frame shear
walls were simulated with a simplified equivalent model
of lateral resistant element with three rigid beams and a
pair of spring elements. The results demonstrated that
this type of structure could be safely designed using the
linear static method of analysis and the response
spectrum analysis, even if no specification is given on
the force modification factor used in the design.
Finally, Zhou et al. [6] investigated the seismic force
modification factor R=RdR0 and the value of the
fundamental vibration period according to the National
Building Code of Canada of 67 multi-storey hybrid
Light-Frame/masonry
buildings
with
different
combinations of (i) number of storeys, (ii) properties of
the two sub-systems and (iii) properties of the
connection between them. A 2D non-linear dynamic
analysis was performed with the commercial software
ABAQUS V6-10 incorporating a user-developed
subroutine that includes the Bouc-Wen-Baber-Wen
(BWBN) model to describe the hysteresis behaviour of
various building components. The analysis results
showed that the failure mode of the hybrid building is
influenced by the relative stiffness of the wood, masonry
and connection system and by the ultimate deformation
of the sub-systems, suggesting therefore that an R value
larger than the lowest value of the two sub-systems can
be assigned to design the hybrid building. Empirical
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equations were proposed for the evaluation of Rd and R0
of the hybrid building based on: (i) the different design
method, (ii) the resistance ratio of the masonry core to
hybrid building, (iii) the relevant Rd and R0 values of the
only wood-frame and only masonry building, (iv) the
fundamental period T of the hybrid building, for which a
formulation based on the stiffness ratio of masonry to the
whole building stiffness, and the relevant fundamental
periods of the only wood-frame and only masonry
building was proposed.
Therefore, besides non-linear design methods, simple
design provisions which could be applied by means of
linear analysis methods within the Eurocode 8 forcebased philosophy are needed in order to safely allow the
seismic design of hybrid multi-storey timber buildings.
This could be done either by (i) clearly defining new
hybrid structural types with their associated values of the
behaviour factor q or (ii) defining simple design formula,
based on extensive numerical simulations or analytical
methods, which could be applied for the calculation of
the behaviour factor q of the hybrid system.
In this paper a four-storey case-study building is
analysed with non-linear dynamic analysis performed in
different configurations of CLT/Light-Frame walls with
a set of recorded earthquake ground motions. Results are
presented and discussed, and a code formulation for the
calculation of the behaviour factor q of the mixed system
for possible implementation in the Eurocode 8 is
presented.

3.

4.

3 EVALUATION OF THE SEISMIC
PERFORMANCE OF THE HYBRID
SYSTEM
Following the procedure described in [7] and proposed
also in [8], the evaluation of the seismic design
parameters of hybrid multi-storey CLT/Light Frame
buildings is made according to the following procedure:
1. A case study 4-storey building is selected, adapted
from [9], and designed in 4 different configurations
of Light-Frame and CLT walls, starting from an “all
Light-Frame” wall configuration and ending with an
“all CLT” wall configuration (Figure 3).
A

B

C

D
5.

Figure 3: 3D view of the structural components of the mixed
CLT/Light Frame building for the four different
configurations: A-all Light-Frame walls, B- all Light-Frame
walls with lift shaft and stair core made with CLT walls, CExternal Light-Frame walls and internal CLT walls, D-all CLT
walls. In blue the Light Frame shear walls and in red the CLT
shear walls. Roof panels are not showed for the sake of clarity.

2.

The building is designed with the equivalent static
force procedure with q=1 according to Eurocode 8
[1] for one of the most hazardous seismic regions of

6.

the Italian territory, i.e. Tolmezzo, Friuli (design
peak ground acceleration ag=0.237g), and for soil
class B. The preliminary elastic design is made with
SAP2000 software package [10], using a pre- and
post-processing software specifically developed by
Tecnisoft [11], according to the procedure proposed
in [12].
According to the preliminary design results, a 3D
non-linear model of the 4 buildings is implemented
in the FE program DRAIN-3DX [13] which
incorporates a suitable model developed to represent
the hysteretic behaviour of semi-rigid mechanical
joints in timber structures under reversed-cyclic
loading. The model has been purposely enhanced
with new features such as the strength and stiffness
degradation of mechanical joints due to cyclic
loading [14].
The structural components (Light-Frame shear walls
and connections of CLT walls) of the 3D non-linear
building model are calibrated based on experimental
results under fully reversed cyclic loading on
structural sub-assemblies (shear walls) or
connections, considering as calibration parameters
maximum force, maximum displacement and
amount of dissipated energy. The non-linear
elements are then used within the 3D model by
simply adjusting the input parameters to the
requirements of the design performed in step 2. This
adjustment is made in different ways for the two
structural systems. For Light-Frame walls is based
on the assumption of a linear relationship between
strength and stiffness and the lateral stiffness is
assumed to be linearly proportional to the length of
the walls; therefore if e.g., according the preliminary
design results, the strength of the shear wall per
meter is 10 times the linear strength of the reference
wall used in the calibration procedure, the stiffness
parameters will be multiplied by 10, with the
displacement corresponding to yield, maximum load
and collapse left unchanged. For the CLT system the
procedure is more straightforward; the preliminary
design will result a given number of the “basic”
connection elements (hold-downs and angle
brackets used in the calibration procedure). The
input parameters of stiffness for each spring will be
multiplied by the number of connectors resulting
from the preliminary design results with the
displacement limits left unchanged.
A set of 8 ground motion records is chosen, 6 of
which being international historical quakes widely
used in the non-linear dynamic analysis of structures
(1995 JMA-Kobe, 1940 Imperial Valley-El Centro,
1994 Newhall-Northridge, 1989 Corralitos-Loma
Prieta, 1999 Yapi Kredi-Kocaely and 1980 BrienzaIrpinia) and 2 earthquakes for type B soil recorded
near the design site location (1976, Tolmezzo).
A “near-collapse” criterion is chosen as either the
attainment of a 2% inter-storey drift or the failure in
one of the structural components (shear walls or
connections), whichever occurs first. The failure is
assumed to occur in the structural component when
the ultimate deformation calculated at 80% of the
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4 PRELIMINARY DESIGN OF THE
CASE STUDY BUILDING
The hybrid CLT/Light Frame structure is a four-storey
residential building which contains six apartments and
has plan dimensions of 18 x 11 m and average height of
13 m. The building has been designed in 4 different
configurations: A - all Light Frame walls, B - all LightFrame walls with lift shaft and stair core made with CLT
walls, C - all external Light-Frame walls and all internal
CLT walls, and D - all CLT walls as displayed in Figure
3.
Walls made with 5-layer, 120 mm thick CLT panels are
used at all stories. Hold-downs HTT22 connected with
12 Anker nails 4x60 mm are used on the CLT walls to
prevent uplift. Two types of angle brackets manufactured
by Rotho Blaas were used as base and inter-storey shear
connection: the WVS90110 (connected with 1φ12 steel
rod class 4.6 to the foundation and 11 4x60 mm Anker
nails to the CLT wall) that was used for the sheartransferring connections of the 1st story, and the WB90
that was used for the connections of the upper stories.
Light Frame walls are built with 60 mm × 120 mm C24
Spruce lumber with 3.01x65 mm common nails spaced
at 150 mm on panel edges and at 300 mm on internal
supports used to fasten the 12mm OSB panels to the
framing members. The floor diaphragms are built with 5layer 144 mm CLT panels and the roof diaphragm with
GLT beams and 3-layer 66 mm CLT panels. Figure 4
shows the plan view of all storeys in Configuration C.
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Finally a discussion of the obtained results is
provided together with a code proposal for the
evaluation of the q-factor value to be used in the
seismic design of hybrid CLT-Light-Frame
building.
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maximum force value in the post-peak portion of the
1st cycles backbone curve is attained.
Incremental Dynamic Analysis (IDA) has been
performed for each of the 4 building configurations
in Y (short) direction and for each ground motion
records. In each IDA, several non-linear timehistory analyses are performed by increasing
progressively the PGA until the PGAnear-collapse is
reached.
For each building configuration, the q-value is
assessed according to the following equation:

1098

CLT 120 - 5s

Figure 4: Plan view of all stories with the location of CLT
(red) and Light Frame (blue) walls for configuration C.

4.1 GRAVITY LOADS
Gravity loads for the seismic combination were
estimated based on the structural and non-structural
elements. The dead loads G of external Light Frame and
CLT walls and internal Light Frame and CLT walls are
0.91 kPa, 1.33 kPa, 0.63 kPa and 1.12 kPa, respectively.
The permanent loads of the floors and roof are 3.43 kPa
and 1.28 kPa, respectively, where the roof loads refer to
the inclined area. The imposed loads Q for the floors are
2.00 kPa for residential use; for the roof, no accidental
load is considered for the seismic combination. Based on
these gravity loads, Table 1 lists the total permanent and
imposed loads as well as the seismic weight of each floor
of the building for configuration C (configuration A, B
and D are not reported for the sake of brevity). The total
seismic weight of the building is W = 3858.3 kN.
Table 1 Total permanent load, imposed load and seismic
weight for each level of the building for configuration C.

Story
1
2
3
4
Sum

Permanent
loads, G
(kN)
981.4
981.4
995.1
528.4
3486.3

Imposed
loads, Q
(kN)
413.3
413.3
413.3
0.00
1239.9

Seismic weight, G
+ 0.3Q (kN)
1105.4
1105.4
1119.1
528.4
3858.3

4.2 PRELIMINARY DESIGN
The design response spectrum is calculated for
Tolmezzo, near the epicentre of the 1976 Friuli
Earthquake, for a 10% probability of exceedance in 50
years, according to the Italian National Building Code
[15] with the following parameters:
• nominal life of the structure equal to 50 years;
• design ground acceleration ag = 0.237 g;
• soil factor S = 1.17 for ground type B;
• amplification factor F0 = 2.41
• lower limit of the period of constant spectral
acceleration branch TB = 0.151 s;
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• upper limit of the period of constant spectral
acceleration branch TC = 0.453 s;
• value defining the beginning of the constant
displacement response range of the spectrum TD = 2.55
s;
• seismic force modification factor q = 1.
The preliminary design was performed by means of a
three-dimensional numerical model of the four-story
building implemented in the widespread software
package for structural analysis SAP2000 [10], while a
pre- and post-processing software specifically developed
by Tecnisoft [11] was used to aid in the implementation.
Figure 5 displays the numerical model of the building
extracted from the pre-processing software. The
numerical model for the preliminary design is based on
the procedure described in [12].

Story

4

CLT wall base
connections

Light Frame walls
base connection

connected with 8
φ4x60 anker nails to
the CLT walls and 8
φ4x60 anker nails +
2 HBSφ4x60 to the
CLT floors spaced at
700 mm

the CLT floors
spaced at 150 mm

Light Frame walls
sheathing and nail
spacing
connected to the
framing members
3.01x65 mm
common nails
spaced at 150 mm

φ12x140 screws to
the CLT floors
spaced at 200 mm

12mm OSB panels
connected to the
framing members
3.01x65 mm
common nails
spaced at 150 mm

WB90 steel brackets
connected with 8
φ4x60 anker nails to
the CLT walls and 8
φ4x60 anker nails +
2 HBSφ4x60 to the
CLT floors spaced at
1000 mm

4.3 RESULTS OF THE PRELIMINARY DESIGN
Table 3 shows the results of the preliminary design for
building configuration C (again for the sake of brevity)
in terms of shear forces acting on each wall together with
the calculated stiffness and design strength for each wall,
only for the first storey, according to the wall
identification numbers given in Figure 6.

Figure 5: Undeformed shape of the numerical model for
preliminary-design.

The connections of CLT and Light Frame walls at each
storey considered in the preliminary design and based on
common construction practice are summarized in Table
2. CLT walls are designed without vertical step joints as
monolithic panel. The stiffnesses of the connections used
in the design are computed based on the slip modulus at
serviceability limit state of each fastener Kcon calculated
according to Table 7.1 of Eurocode 5, Part 1-1 [16] and
the procedure described in [12].

Figure 6: Wall identification numbers at first storey for the
case study building

Table 2 Connections for CLT and Light-Frame walls
considered in the preliminary design.

PRELIMINARY DESIGN RESULTS CASE C - ALL
EXTERNAL LIGHT-FRAME WALLS, ALL INTERNAL CLT
WALLS

Story

1

2

3

CLT wall base
connections
WVS90110 steel
brackets connected
with 1 φ12 steel rod
class 4.6 to the
foundation and 11
φ4x60 anker nails to
the CLT walls
spaced at 300 mm
WB90 steel brackets
connected with 8
φ4x60 anker nails to
the CLT walls and 8
φ4x60 anker nails +
2 HBSφ4x60 to the
CLT floors spaced at
500 mm
WB90 steel brackets

Light Frame walls
base connection

Light Frame walls
sheathing and nail
spacing

1 φ12 steel rod class
4.6 to the foundation
spaced at 100 mm

12mm OSB panels
connected to the
framing members
3.01x65 mm
common nails
spaced at 75 mm

φ12x140 screws to
the CLT floors
spaced at 100 mm

12mm OSB panels
connected to the
framing members
3.01x65 mm
common nails
spaced at 100 mm

φ12x140 screws to

12mm OSB panels

Table 3 Preliminary design results – Configuration C.

Wall
Name

Lengt
h [m]

Wall
directi
on

Sei.
Shear
[kN]

Wall
type

Nail
spacin
gs
[cm]

PT01
PT02
PT03
PT04
PT05
PT06
PT07
PT08
PT09
PT10
PT11
PT12
PT13
PT14

1.03
1.10
0.87
0.39
2.25
0.28
0.87
1.10
1.03
1.86
1.86
1.24
1.24
7.65

X
X
X
X
X
X
X
X
X
X
X
X
X
X

20.0
21.3
11.2
2.3
90.9
1.6
11.2
21.3
20.0
62.9
60.9
26.8
26.8
1005.2

LF
LF
LF
CLT
CLT
CLT
LF
LF
LF
CLT
CLT
CLT
CLT
CLT

3.10
3.29
3.91
N/A
N/A
N/A
3.91
3.29
3.10
N/A
N/A
N/A
N/A
N/A

Wall
shear
streng
th
[kN]

Wall
stiffne
ss
[kN/m
]

20.0
21.3
11.2
11.5
92.0
11.5
11.2
21.3
20.0
69.0
69.0
34.5
34.5

3.4
3.3
2.4
21.5
23.2
23.3
2.4
3.3
3.4
22.8
22.8
21.3
21.3
26.9

1012.0
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PRELIMINARY DESIGN RESULTS CASE C - ALL
EXTERNAL LIGHT-FRAME WALLS, ALL INTERNAL CLT
WALLS
Wall
Name

Lengt
h [m]

Wall
directi
on

Sei.
Shear
[kN]

Wall
type

Nail
spacin
gs
[cm]

Wall
shear
streng
th
[kN]

PT15
PT16
PT17
PT18
PT19
PT20
PT21
PT22
PT23
PT24
PT25
PT26
PT27
PT28
PT29
PT30
PT31
PT32
PT33
PT34
PT35
PT36
PT37
PT38
PT39
PT40
PT41
PT42

3.99
3.11
3.11
3.99
0.96
0.94
0.59
1.09
3.08
1.09
0.59
0.94
0.96
0.99
0.95
5.54
0.48
3.47
4.02
2.13
6.18
0.98
4.02
0.48
3.47
0.99
0.95
5.54

X
X
X
X
X
X
X
X
X
X
X
X
X
Y
Y
Y
Y
Y
Y
Y
Y
Y
Y
Y
Y
Y
Y
Y

271.1
162.5
162.5
271.1
14.7
14.4
3.6
20.1
207.8
20.1
3.6
14.4
14.7
14.6
14.0
639.8
2.3
180.8
241.5
65.9
535.7
13.1
242.2
2.3
181.4
14.7
14.1
643.5

CLT
CLT
CLT
CLT
LF
LF
LF
LF
LF
LF
LF
LF
LF
LF
LF
LF
CLT
CLT
CLT
CLT
CLT
CLT
CLT
CLT
CLT
LF
LF
LF

N/A
N/A
N/A
N/A
3.66
3.58
5.60
3.43
1.23
3.44
5.60
3.58
3.66
3.88
3.72
0.72
N/A
N/A
N/A
N/A
N/A
N/A
N/A
N/A
N/A
3.86
3.70
0.71

276.0
172.5
172.5
276.0
14.7
14.4
3.6
20.1
207.8
20.1
3.6
14.4
14.7
14.6
14.0
639.8
11.5
184.0
253.0
69.0
540.5
23.0
253.0
11.5
184.0
14.7
14.1
643.5

Wall
stiffne
ss
[kN/m
]
25.3
24.5
24.5
25.3
2.7
2.7
1.3
3.2
8.7
3.2
1.3
2.7
2.7
2.6
2.6
15.6
20.4
24.3
25.0
22.1
26.0
20.2
25.0
20.4
24.3
2.6
2.6
15.7

screwed connection like in the schematization of Figure
8.
Vertical loads
concentrated
on model nodes

Rigid frame
simulating
CLT wall
behaviour
2.95

Non-linear asymmetric vertical
springs simulating hold-down and
angle brackets vertical stiffness
Non-linear symmetric cross
horizontal springs
simulating angle-bracket
horizontal stiffness

2.95

Figure 7: CLT walls schematization
Vertical loads
concentrated
on model nodes

Rigid pinned frame
simulating wall
frame
Non-linear symmetric cross
springs simulating wall
sheathing-to-framing stiffness

2.44

Non-linear asymmetric
vertical springs
simulating hold-down
vertical stiffness
Linear symmetric horizontal
cross springs
simulating anchor bolt
horizontal stiffness

4.88

Figure 8: Light-Frame walls schematization

5 3D NON-LINEAR MODEL
The numerical model used in this case for the non-linear
dynamic analysis is a 3D space frame model created
using the commercially available software Drain-3DX
[13] in which a hysteretic model with pinching
behaviour developed at the University of Florence [17]
was implemented [18]. This model was successfully
used in the prediction of the non-linear response of both
Light Frame and CLT actual buildings subjected to
shake table tests [18, 19 and 20] and was recently
implemented with new features such as the possibility to
account for strength and stiffness degradation due to
cyclic loading [14].
The 3D model is composed of rigid beams, columns and
spring elements simulating Light-Frame walls and CLT
connections. CLT walls are composed of (i) rigid
straight members simulating the rigid CLT panels, (ii)
shear connections (angle brackets), schematized with
horizontal symmetric non-linear springs, and (iii) holddown anchors with vertical asymmetric non-linear
springs like in the schematization showed in Figure 7.
Light-Frame walls are modelled with (i) four pinned
rigid straight members and (ii) two symmetric non-linear
diagonal springs to simulate the wall behaviour, (iii) two
asymmetric non-linear springs at the end of the wall to
simulate the hold-down behaviour, and (iv) two cross
horizontal linear springs to simulate the anchor bolts and

CLT and Light-Frame wall models have been calibrated
based on the results of cyclic tests conducted on fullscale walls and CLT connections at CNR-IVALSA in
Italy [21, 22] (Figure 9) and on tests conducted on fullscale Light-Frame walls at FP Innovations, Canada [23]
(Figure 10).
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0
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18000
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14000

12000

10000
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Drain

8000

6000

4000

2000

0
0.0

50.0

100.0

150.0

200.0

250.0

300.0

350.0

400.0

450.0

500.0

Figure 9: Calibration procedure for CLT walls. Comparison in
terms of cyclic behaviour and dissipated energy.
100
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Specimen 46-02

60

TestData
Drain

Load kN/m
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20
0
-20
-40
-60
-80
-100
-100

-80
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-40

-20

0

20

40

60

80

100

Displacement mm

Figure 11: Drain-3DX 3D-model of the case study 4 storey
building and of the first storey only for Configuration C. Like
for Figure 3, Light-Frame walls are schematized with blue
lines and CLT walls are schematized with red lines. Masses are
lumped on model nodes represented with grey dots and holddown anchors are represented with pink lines. Floors are
schematized as rigid by means of equivalent rigid cross
bracings, not showed in the figure for the sake of clarity.
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5.1 EARTHQUAKE RECORDS

15000
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0
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100
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-5000

Figure 10: Calibration procedure for Light-Frame walls.
Comparison in terms of cyclic behaviour and dissipated
energy.

Once the calibration procedure was completed, the entire
3D model has been built based on the results of the
preliminary design.
Masses and vertical loads are lumped on the top storey
model nodes. Floors are schematized as rigid by means
of equivalent, very stiff cross-bracings schematized with
truss elements, not showed in Figure 11 for the sake of
clarity.

For the non-linear time-history analysis, a set of 8
earthquake ground motion records have been chosen, 6
of which are international historical earthquakes and 2
are spectrum-based earthquakes for the same type of soil
considered in the seismic preliminary design, occurred in
the same region (Friuli) in Tolmezzo and close to the
epicentre of two consecutive earthquakes occurred in
1976.
The details of the chosen ground motion records are
listed in Table 4.
Table 4 Details of the ground motion records used for the nonlinear time-history analysis.

N.
1

Name
Kobe

Coun
try

Date

Statio
n

Di
r.

Japan

1995/0
1/16

JMA

N-S

Dur
atio
n (s)
24.0
0

PGA
(g)
0.820
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N.

2

3
4
5
6

Name

El Centro

Coun
try
Calif
ornia

Brienza

Italy

Northridg
e
Loma
Prieta

Calif
ornia
Calif
ornia
Turk
ey

Kocaeli

7

Friuli 1

Italy

8

Friuli 2

Italy

Date

1940/0
5/19
1980/1
1/23
1994/0
1/17
1989/1
0/18
1999/0
8/17
1976/0
5/06
1976/0
5/06

Statio
n
Imper
ial
Valle
y
Brien
za
Newh
all
Corra
litos
Yapi
Kredi
Tolm
ezzo
Tolm
ezzo

Di
r.

N-S

N-S
EW
EW
N-S
N-S
SENW

Dur
atio
n (s)

PGA
(g)

29.0
0

0.313

20.0
0
19.9
8
39.9
8
27.8
8
21.0
0
21.0
0

0.220
0.600
0.644
0.168
0.370
0.480

5.2 NEAR-COLLAPSE CRITERION
The choice of the near-collapse criterion is crucial for
the evaluation of the behaviour factor q through
nonlinear time-history analysis, especially in this case
where a hybrid building with different types of lateral
load resisting systems are employed. Different criteria
have been proposed in literature both for CLT and LightFrame buildings. For CLT structures, Ceccotti et al. [7]
proposed a maximum uplift value based on experimental
research for one or more hold-down anchors in the
analysed building. For Light-Frame structures another
possibility is to establish a maximum value of the interstory drift, e.g. 2 or 2.5%, which represent the maximum
ultimate drift displacement according to the reference
seismic design code requirements representing the state
of “near collapse” equivalent to extensive damage or
based on experimental results observations.
However, considering the different seismic behaviour of
the two structural systems, the choice of the nearcollapse criterion based on a single deformation
parameter appear too limiting and may not be
representative of the hybrid building seismic behaviour.
Therefore the choice is to consider either the attainment
of a 2% inter-storey drift or the deformation
corresponding to 80% of the maximum load reached in
the descending part of the first cycle envelope curve by
any connection or CLT or Light-Frame wall sub-systems
as defined in EN 12512 [24], whichever occur first.

Table 5 Analysis results for the four configurations.

Record
Name
Kobe
El Centro
Brienza
Northridge
Loma Prieta
Kocaeli
Tomezzo N-S
Tolmezzo EW
Average
Kobe
El Centro
Brienza
Northridge
Loma Prieta
Kocaeli
Tomezzo N-S
Tolmezzo EW
Average
Kobe
El Centro
Brienza
Northridge
Loma Prieta
Kocaeli
Tomezzo N-S
Tolmezzo EW
Average

X Direction
Y Direction
q
q
PGAu
PGAu
[g]
[g]
CONFIGURATION A
0.95
4.01
1.21
5.09
0.88
3.73
0.98
4.12
0.86
3.63
0.92
3.87
0.82
3.46
0.89
3.76
0.99
4.19
1.01
4.27
0.93
3.91
1.01
4.25
0.94
3.99
1.22
5.15
0.99

1.08

4.57

3.89
CONFIGURATION B
0.93
3.94
1.15
0.87
3.66
0.94
0.75
3.16
0.78
0.76
3.21
0.65
0.71
3.00
0.73
0.91
3.82
1.01
0.85
3.59
0.92

4.39

0.79

4.18

0.82

4.20

3.46
CONFIGURATION C
0.69
2.92
0.78
0.62
2.60
0.63
0.64
2.69
0.68
0.62
2.62
0.61
0.69
2.91
0.69
0.67
2.82
0.69
0.68
2.89
0.83

3.91

0.66

3.33

4.85
3.97
3.29
2.74
3.08
4.10
5.05

2.78

3.29
2.68
2.87
2.57
2.91
2.90
3.51

0.77

3.27

2.78
CONFIGURATION D
0.47
2.00
0.69
0.57
2.42
0.50
0.66
2.78
0.60
0.45
1.91
0.44
0.51
2.15
0.57
0.59
2.51
0.60
0.63
2.66
0.77

3.00

6 ANALYSIS RESULTS

Kobe
El Centro
Brienza
Northridge
Loma Prieta
Kocaeli
Tomezzo N-S
Tolmezzo EW
Average

For each configuration, the case study building was
analysed both in X and Y direction. For the dynamic
analysis, a time-step of 0.005 sec. was used and a 5%
stiffness proportional Raleigh damping was applied in
order to account for the dissipating contribution of nonstructural elements such as partition walls.
The results in terms of ultimate Peak Ground
Acceleration PGAu and the corresponding calculated
values of the behaviour factor q are summarized in Table
5 for the four building configurations.

The first remark about the analysis results is that the
proposed Eurocode 8 values for the current behaviour
factors q of the two structural systems, i.e. q=3 for Light
Frame buildings with rigid diaphragms and q=2 for CLT
buildings are confirmed by almost all the analysed cases.
For configuration A, i.e. all Light-Frame walls, the
average value of q was 3.89 in X and 4.39 in Y direction
which are far above the proposed code values. Also for
configuration D the average q values in X and Y
directions are above the code proposed values, and only

0.64

2.72
2.39

0.64

2.93
2.09
2.52
1.85
2.42
2.54
3.27
2.69
2.54
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for Northridge earthquake are lower than 2. According to
the analysis results a q value respectively of 4.0 for
Light-Frame structures and 2.0 for CLT structures seems
reasonably acceptable. The q values found for the two
hybrid configurations are closer to the reference
configuration with all Light-Frame walls (Configuration
A) for configurations B, were only the lift and stair case
walls are made with the CLT system, and to the
reference configuration with all CLT walls
(Configuration D) for configuration C were all the
internal walls are made with the CLT system.
The results for the four configurations show a general
decrease of the calculated q factors from configuration A
(only Light-Frame walls) to configuration D (only CLT
walls). The collapse occurred for configuration A in
most cases due to the collapse displacement reached for
Light Frame walls at first storey both in X and Y
direction and only in few cases was due to hold-down
failures. For configuration B, the collapse was mainly
due to hold-down failures in both CLT and Light-Frame
walls and only in some cases occurred for Light-Frame
walls collapse. For configurations C and D, the collapse
occurred mainly for hold-down failures in CLT walls
and only in few cases for angle brackets failure in CLT
walls. Since the building was designed in all the four
configurations at each storey for the reference seismic
shear, the collapse occurred not always in the first storey
but also in the second and third storey, especially for
configurations C and D.

7 ANALYTICAL FORMULATION
PROPOSAL
The results confirmed that the values of the behaviour
factors found for the hybrid configurations B and C are
always higher than the lowest behaviour factor of the
two structural systems (except for one case, i.e. Brienza
record in X direction were the resulting q value was
higher in configuration D than the one found for
configuration C). Therefore the q value of the hybrid
system could be assumed as something in between the
proposed code values for the two reference systems. The
proposed analytical formulation, similar to the one in[6],
makes reference to the total horizontal stiffness of the
less ductile system with respect to the total calculated
horizontal stiffness of the building in the same direction.
According to this proposal, the behaviour factor can be
calculated as:
=
1
(2)
where:
qH
is the reference behaviour factor q for the
hybrid system
is the reference behaviour factor q for the
qHD
Higher Ductility system (Light-Frame in this case)
qLD
is the reference behaviour factor q for the
Lower Ductility system (CLT in this case)
k
is the lowest horizontal stiffness ratio among all
storeys of the Low Ductility system (CLT in this case)
with respect to the total horizontal stiffness of the
building in the reference direction
According to the results showed in Table 3, the lowest
horizontal stiffness among all storeys of CLT walls in Y

direction with respect to the total horizontal stiffness in
the same direction is 77.0% for configuration C.
Therefore, considering a reference q value of 4.0 for the
Light-Frame system and 2.0 for the CLT system, the
calculated q value for the hybrid system should be:
= 4.0 2.0
1 0.77
2.0 = 2.46
Based on the q value found by applying equation (2), a
new preliminary design was made for the building
configuration C and, according to the results, the nonlinear model was updated with the new values of
stiffness for the non-linear springs simulating holddowns, angle brackets and Light-Frame walls. A new set
of non-linear analyses was performed only for
configuration C in Y direction to verify the proposed
formulation. The results are displayed in Figure 12.

Figure 12: Analysis results for configuration C, Y direction.

The calculated q-value for the hybrid configuration was
confirmed by all cases where a PGAu> PGAdesign=0.237g
was found, even if with a small scatter for two cases (El
Centro and Northridge record). More analyses should be
of course performed in order to confirm the validity of
the proposed formulation, also with other types of hybrid
buildings with different lateral load resisting systems.

8 CONCLUSIONS
A study was performed on the seismic design of hybrid
multi-storey wood buildings made of CLT and LightFrame shear walls acting at the same level according to
the force-based procedure of Eurocode 8. The study was
based on a set of non-linear analyses carried out with 8
ground motion records in two perpendicular directions
on a four-storey case study building in four different
configurations of CLT and Light-frame walls, one with
all Light-Frame shear walls, one with all CLT shear
walls and two in between. The analyses were conducted
with a 3D space frame model created using the software
Drain-3DX. A hysteretic model for semi-rigid
mechanical joints in timber structures with pinching
behaviour recently improved with new features
accounting for stiffness and strength degradation due to
cyclic loading was implemented. The results showed that
the proposed Eurocode 8 values for the current
behaviour factors q of the two structural systems, i.e.
q=3 for Light Frame buildings with rigid diaphragms and
q=2 for CLT buildings are confirmed and that the q
value of the hybrid system could be assumed as
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somewhere in between the proposed code values for the
two reference systems.
Therefore an analytical formulation based on the ratio of
the total horizontal stiffness of the less ductile system
with respect to the total calculated horizontal stiffness of
the building in the same direction is proposed and
applied for one of the two hybrid configurations in one
direction. The partial results confirm the validity of the
proposed formulation; however more analyses are
needed in order to confirm the validity and the
applicability also for other hybrid building
configurations.
Some research is also needed for the case of the two
systems working in series (podium structures), together
with the suggestion of some provisions to be included in
the new generation of the Eurocode 8.
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Global stability of high-rise timber buildings
Carsten Hein Lisa Kaluzni, Brian Twohig, ; Arup Deutschland GmbH
Wen-Shao Chang; University of BATH
ABSTRACT: This paper summarises the current status of development and research of different structural systems for
global lateral stability in Arup. This research is partly based on the results of various projects starting with LifeCycleTower (LCT) research project in 2010, and including the latest development, H7 in Münster, Germany which is currently on site. The knowledge gained from the LifeCycleTower project was subsequently implemented in the project LCT
ONE in Dornbirn (Austria) and the project H7, a 7-storey hybrid concrete-timber office building. This paper presents
collaboration between Arup and University of Bath and also evaluates the numerous advantages of incorporating timber
in a building and outlines Arup’s approach to utilise timber structures for the lateral stability buildings.
KEYWORDS: Timber-Concrete-Composite, High-rise buildings, Timber, Lateral Stability, Hybrid Construction, Dynamic, Sway, Comfort, Vibration

1 INTRODUCTION
The timber team in Arup is involved in the design of timber buildings and caries out internal and external research
to promote and enable increased use of timber in tall
buildings.
The focus of this paper lies with the global lateral stability
system. The project “H7 – Office Building” serves as one
of the first prototypes of a high-rise timber building in
Germany with an exposed timber structure. The structural
solutions for global lateral stability are presented and
compared to the design approaches for the LCT research
study and the LCT ONE building.
Timber is a widely used and accepted construction material in today’s construction market, but it is mainly used
in low rise buildings where the design of vertical load carrying elements (floors, walls and columns) is the primary
structural design task, whereas lateral stability and fire
protection are less critical due to the smaller scale.
In taller buildings – the authors assume this to be above
8- storey building height – both criteria mentioned above
become much more important. According to German
building regulations, when the building height exceeds
22m (top edge of last assessable finished floor level) it is
subject to increase fire safety requirements. This height
threshold varies slightly in other European countries. A
building of approximately 22m is structurally relatively
easy to stabilise by using the cores and walls which are
required for vertical circulation.
The following section describes the history of our research in timber stability systems. In the early projects, we
were involved in, we had little opportunity to develop timber stability systems in detail as cost issues were driving
us to implement a more traditional concrete construction.
Data from recently finished buildings and tests carried out
indicate that there is reason to believe that timber can be

utilised to stabilise a building without increasing the construction costs and complying with the fire regulations at
the same time.

2 THE “HISTORY” OF RESEARCH
ABOUT LATERAL STABILTY
The following sections describe how Arup’s approach to
developing a hybrid stability system evolved from project
requirements to future applications.
2.1 LCT RESEARCH IN 2010 AND ITS STABILITY CONCEPT.
In 2010 Arup started a research project for a 20-storey
timber high-rise building called LifeCycleTower (LCT)
(Figure 1).

Figure 1: Research project LCT – 100% timber structure [2]

The research begun assuming we could develop a 100%
pure timber structure with wooden floors, columns and a
timber core providing overall stability.
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Shortly after the start of the project the slab system was
changed to Timber-Concrete-Composite (TCC) to provide more acoustic mass and comply with the fire strategy. The concrete slabs also provide diaphragm action to
transfer the horizontal loads to the stability core.
For our research project the central core remained fully in
timber. The core was designed to take all lateral forces
into the basement. Basement and ground floor were designed as “concrete box” allowing the core to be connected rigidly to the base of the building.

Figure 3: Horizontal stability system of LCT research study –
Glulam core walls [2]

The walls were designed to be constructed of vertically
stacked Glulam beams (GL 28h). The typical maximum
width of these beams is 2,4m, the connections between the
glulam elements had to be designed carefully to ensure the
forces are transmitted and stiffness is achieved. With
grain aligned 100% vertically, the shrinkage effect would
be fully noticeable in the joints and had to be considered
for the connection design.
With the shrinkage ratio of 0,15% -0,20% per % material
humidity perpendicular to grain and a conservative assumption of 5% reduction of humidity after the construction the joint could possibly open up to 25mm. That would
require a careful choice of connections between the wall
elements.
The vertical joints are less critical because shrinkage is
not a design criteria. With the typical length of glulam
beams there are only two horizontal joints: the lower one
at the top of the concrete base, the second half way up the
building height.

Figure 2: Floor plan with central core (primary stability walls
300mm in red)

The typical floor plan is 24,80m × 38,30m with a core of
about 8m × 20m (Figure 2). The sub-structure (basement
and ground floor are concrete while the above ground super-structure consists of TCC floor slabs with 100% timber vertical elements (walls and columns).
Figure 3 shows the isolated stability core. Two storeys of
concrete core stabilised by basement box consisting of the
raft foundation slab, flat floor slabs and the basement retaining wall (not indicated in the image) provide the base
to connect the timber core above.
In Figure 3 the concrete structure is highlighted in blue
(concrete C30/37) while the Glulam timber elements are
indicated in yellow. This colour code is maintained
through the paper.

Figure 4: schematic core elevation with vertical joints
(Vertikalfuge), horizontal joints (Horizontalfuge) and the reference to the connection detail

Figure 5: schematic connection detail (innenliegende
Stahlbleche = internal steel plates slotted into Glulam)
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For the main construction joints at the base and half way
up the core it was required to deal with the shrinkage issues in this area. Additional LVL plates are being glued
across the joints and beams after the connection is bolted
together to control the shrinkage. Two or three layers of
thin steel plates provide the connection basis in combination with self-tapping screws.
Intermediate connections for the vertical joints will be
constructed using one plate per side overlapping the joint
and with a steel bolted connection with slotted holes allowing relative movement. This provides a vertical force
transfer (shear) while allowing relative shrinkage movement.
Based on this concept, calculations were carried out to investigate the lateral stability behaviour. At the beginning
of the design phase two sets of calculations were run assuming the connection between the Glulam wall elements
to be 0% (no connection) and 100% (rigid connection).
The behaviour of a solid box-shaped core was predictably
more rigid than the one of a series of non-connected wall
elements. Given the length of the vertical joints even a
very flexible connector applied at 15cm spacing over
~60m height would create a solid shear connection. The
engineers concluded that the “real” connection behaviour
is closer to the idealised “rigid” connection than the type
“not existing”. The overall calculations finally assumed a
rigid connection to simplify the model (compared to complex spring or elastic connections).
The wind loads were considered as indicated in the following diagram.

Figure 7: Analysis of top floor acceleration and evaluation
against ISO 6897 [1]

Within a short period of 10min over 5 years the calculations showed a likelihood of 2%-3% of the building occupants (of the top floor) objecting. The accurate behaviour
will have to be investigated with tests to better reflect design parameters such as damping, connection stiffness and
interaction with concrete base, see Figure 7 for details.
For the design the damping ratio was assumed to be 1%.
The natural frequency was calculated to 0,5Hz for the first
eigenmode.
2.2 LCT ONE PROTOTYPE IN DORNBIRN, AUSTRIA (2012)

Figure 6: Development of wind force relative to average wind
load during a 30s period [1] (taken from original report, labels
were adjusted for legibility)

In Figure 6 the development over time for wind in the dynamic model is indicated. The curve indicates that wind
gust derivation is 20% of the average wind force. This
form of wind load was considered in the FEA calculations
for an average storm with both a 5-year and a 10-year return period.

Although the research proved that the material properties
of timber are very suitable for providing the global lateral
stability system, the approach to realising a prototype
building was based on a concrete core.
Cost estimates had shown higher construction costs for a
timber core in comparison to reinforced concrete. Discussions with local authorities also indicated that achieving
the building approval for a timber core would prove difficult because of fire regulation issues.
So a stepped approach was agreed: a concrete core would
be used for early projects to reduce costs and achieve
building approval more easily.
Subsequently LCT ONE was built applying all systems
developed during the research project. As described in
Section 2.1 the timber core was replaced by reinforced
concrete.
The core was designed as an in-situ concrete shaft. To allow an 8-storey mini-tower within a limited budget, the
floor plan of the LCT was reduced to a quarter of the original size as indicated in Figure 8: Concrete core within
floor plan [3]
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Figure 8: Concrete core within floor plan [3]

The structural concept implies that horizontal loads gathered from the façade are transferred to the core through
the TCC-slabs. Dynamic tests were conducted by University of Bath to measure the ambient vibration of LCT
ONE as described in the following section.
Responsible for the design were Architects Hermann
Kaufmann + merz kley partner for CREE, RHOMBERG.
CREE, which was the collaborator for the original research of the 20-storey LCT. The concept of the research
phase was slightly adjusted and further developed for
LCT ONE – with the exception of the stability system.
We carried out some preliminary dynamic calculations
based on construction documentation from LCT ONE.
Our calculations were carried out with the assumption of
1% damping, as we had assumed for LCT research. The
results – depending on load assumptions – showed a first
eigenfrequency of approx. 1,3Hz. The following images
show a non-deformed and a deformed structure.

Figure 11: Second eigenmode

The results were not surprisingly showing torsional deformations, less obvious in the first eigenmode but more apparent in the second.
With the given floor plan and the core located in one corner this was to be expected. Further comparison to the
tests can be found at the end of section 2.3.
2.3 DYNAMIC TEST CONDUCTED FROM THE
UNIVERSITY OF BATH (2015)
Lateral vibration of the LCT ONE was measured so as to
extract the important dynamic properties, such as natural
frequency and damping ratio. The accelerometers were
placed on the top of the LCT ONE to capture the windinduced vibration of the structure with sampling rate of
200 Hz. The data was then analysed in time domain by the
combining random decrement method and curve fitting,
as shown in Figure 12. The natural frequency of LCT
ONE is 1.84Hz with damping ratio of 2.1%. The results
concluded that the actual building stiffness is higher than
the expected stiffness, due to the uncalculated contribution of façade.

Figure 9: Dynamic FE model, non-deformed

Figure 12 Random decrement signatures with curve fitting results [4]
Figure 10: First eigenmode

A comparison of draft calculations of LCT ONE, Dornbirn with the test results was very insightful.
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•

•

•

The tested building behaves more rigidly. With an eigenfrequency of 1,8Hz it is better suited to withstanding horizontal forces than the calculated building
with an eigenfrequency of only 1,3Hz.
Calculations and test data have not been calibrated to
date, but the effect of the dynamic behaviour tested
showing less torsional components confirm the assumption that the timber structure provides additional
stability to the building.
There is an even bigger deviation in the damping values assumed and measured.

For LCT ONE these values are to be checked in more detail.
For the project H7 in Münster we intend to do a further
comparison with more detailed calculations and a test programme developed based on the calculations and coordinated between Arup and the University of Bath.
2.4 H7, MÜNSTER, GERMANY (2016)
As described in the previous sections, the project H7 comprises a concrete core to provide global horizontal stability as well. The H7 office building consists of a 7-storey
hybrid structure with a concrete basement and ground
floor.
The above ground building is 49,3m long and 22,4m wide.
The building height is 24,8m (measured at roof parapet).

Figure 13: Rendering of North building elevation [1]

The lateral stability is provided by a concrete core, horizontal loads (wind etc.) are taken by the façade and transferred to the cores through the slabs linked with a continuous ring beam. A central concrete “spine” of the building
provides the circulation zone is also where the main ductwork routes are installed. Along this spine two rows of
columns provide the vertical load transfer. Above ground
floor the load-bearing façade is composed by glued laminated (Glulam) timber columns and beams. The structural
concept however only takes the concrete core into account
for lateral building stability.

Figure 14: Rendering of a cross-section through building [1]
the concrete base of the stability system is highlighted in blue.
The central “spine” in concrete and the adjacent TCC zone
can be seen.

Figure 15: Rendering of longitudinal section through building
[1]. The concrete base of the stability system and the core itself
are highlighted in blue.

The typical structural system comprises of timber-concrete-composite (TCC) floor slabs between the load-bearing façade and concrete zone.

Figure 16: Typical floor plan (core walls and ”spine” marked
in red) [1]

For H7 no detailed dynamic calculations have been carried out so far. With a height of 7 storeys the concrete core
is sufficient for lateral stability. An initial approximate
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calculation indicates the eigenfrequency to be approx.
1,3Hz and the damping ratio is assumed to be 1%.
This indicates - with a similar building height and lateral
stability system as LCT ONE in Dornbirn - that a dynamic
improvement can be achieved when considering the timber structure for the building stability. We aim to verify
this assumption by in-situ tests.
Accompanying the tests we will run further detailed calculations on the building to be better able to compare simulation and tests.

3 TEST IN MÜNSTER TO CALIBRATE
CALCULATION
Similar to the LCT ONE in Dornbirn vibration testing is
planned to be carried out after the construction. The results shall demonstrate the additional stability action the
timber components provide for the overall lateral stability
of the building.
Carried out so far were tests on acoustic and dynamic performance of the slabs. The slabs are TCC and the combination of concrete and timber with completely different
dynamic properties proved beneficial for the dynamic behaviour.
3.1 STRATEGY FOR OPTIMISTATION
We aim to carry out these dynamic tests in collaboration
with BATH. There is a plan in place to carry out more indepth calculations of dynamic behaviour and verify the
calculations by means of in-situ vibration tests.
With tests carried out in Münster we plan to optimise and
calibrate the dynamic calculations. As could be observed
in Dornbirn at the LCT ONE, we foresee two areas of calibration.
The damping ratio is a non-geometrical property and does
not link to details of the calculation. So the tested damping
ratio can be used as an overall adjustment.
Further results will be obtained for the eigenmodes and
eigenfrequencies. These two values shall be used to adjust
all remaining design properties.
There are obvious geometry-induced eigenmodes, e.g. the
torsional sway as calculated in Dornbirn. If the tests indicate less torsion in the lateral movement, the adjustment
will have to be done at properties which are non-symmetrical or can take torsional forces. For LCT ONE that
would mean the activation of a certain fixity at the column-slab connection – originally calculated as pinned.
The following table comprises an interim summary of the
possible adjustments and the test source used in determining this adjustment.

Table 1: design properties adjustment
Input data

static or linear
calculation

dynamic analysis optimised
dynamic analysis
model adjustment
according to tests

5MN/m³

10 x 5MN/m³

? x 5MN/m³

C30/37

10 x C30/37

? x C30/37

elastic bedding
for raft
foundation
Young's
modulus of
concrete
Young's
modulus of
timber
columnconcrete
connection

GL28

10 x GL28

? x GL28

jointed

jointed

rigid?
damping
adjustment
according to tests

damping

n/a

1,00%

2,00% ?

The tests will be carried out in summer of 2016. The
building is currently under construction, the topping out
ceremony took place in December 2015, and currently fitout works are ongoing.
The results of vibration and acoustic tests show that the
final fit-out improves the overall damping of the system.
We expect a similar effect for the overall stability of the
building. Therefore we will try to organise stability tests
and measurements after fit-out completion.
We assume that these tests and calculation will inform our
further research in tall timber building stability.

4 STABILITY SYSTEM DEVELOPMENT
Based on the projects described above Arup will pursue
the following design approach for future timber high-rise
buildings.
•

•

A concrete core allows simplification of approval
process. A fire strategy for an all-timber core will require intensive discussions with the authorities. At
the same time a solid timber core is more expensive.
When the timber structure of a building is activated
for stability, the structural requirements for the concrete core decrease.
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4.1 DETAIL DEVELOPMENT
There are four types of timber stability systems we are going to investigate.
1.
2.
3.
4.
Figure 17: Schematic floor plan with 8m x 8m central core in
concrete and façade columns in timber (blue – concrete, orange – timber).

With a typical core like the one shown above we will investigate several options. These will differ depending on
building height.
• Low-rise as LCT ONE or H7 – no additional stability
measures required, but tests inform further development possibilities.
• Mid-rise of 10, 12 or 14 floors. A concrete core to
provide stability for ultimate limit state (ULS) design, but serviceability limit state (SLS) could be difficult to achieve. The Timber structure can provide
this additional “comfort”. With this approach the fire
resistance requirement of the “comfort” timber structure should be low.
• High-rise buildings of about 20 floors will require a
stability system for ULS and SLS. Timber can provide this stability but the timber elements will have to
be designed for full fire resistance.
• Tall Timber up to 40 floors. Design criteria will be
higher as for high-rises, especially with regard to fire
resistance and compensation measures.
The following diagram illustrates these four categories.

Timber columns as used in the various hybrid buildings described above.
Further application of connection details from above
option for “short” walls
Full timber walls – CLT
Tube in tube structure with “bracing” at façade layer

We expect to learn more about option 1 when conducting
further tests and measurements. For this option 1, the
structural representation is as follows:

Figure 19: Connection development from structural analysis to
dynamic calculation and application in built examples.

With the research done so far and the tests and calculations scheduled for summer we will look into optimising
the typical column-slab connection we used in H7.
This moment connection is required to add stability to the
existing concrete core for low or mid-rise buildings. We
aim for a simple connection and will try to avoid the anchoring. This can be achieved by applying hardwood Glulam for the columns and providing higher vertical loads
while at the same time increasing the column width parallel to the façade. This “simple” connection obviously
links to connection option 2, where the column section
changes to short wall.

5 OUTLOOK 1 – WCTE CONFERENCE
IN VIENNA AUGUST 2016

Figure 18: Schematic diagram indicating the height categories.

For the conference in Vienna we expect to have further
test results and calculations completed for H7, Münster.
Arup and University of BATH will present the findings
on how to activate the timber columns in hybrid buildings
keeping the simple connection detail of stacking columns
and slabs on top of each other.
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6 OUTLOOK 2
Global lateral stability is still a major challenge when developing sustainable building solutions. Due to detailing
difficulties, cost effectiveness and fire regulations the
commonly used concrete core still appears to be the most
suitable option to properly provide the building’s stability
both for structural design and practicality.
We believe that the use of timber in tall building stability
has a high potential for saving construction costs, increasing building comfort by reducing sway and vibration and
improving construction speed.
With the strategy described above we aim to further develop stability systems in timber and at the same time optimising what “has to be built in concrete anyway”.
Increasing the contribution timber can provide to the overall building stability the remaining concrete structure can
be simplified.
With the use of timber in a building the degree of prefabrication increases significantly. This pre-fabrication
and the subsequent increase of construction speed will be
applied to the concrete structure as well. Prefabrication
for stairs (flights and landings) is common practise but
quite often the walls are poured in-situ. This is reasonable
to provide stability for the building, but with the activation
of the timber structure in the building to provide stability
the connection of the concrete walls can be simplified.
Please also refer to our paper “Timber-concrete-composite slabs in high-rise buildings – optimisation through research” which will be presented in Vienna as well.

Table 2: Optimisation applying hybrid systems

Timber
Vertical loads
Beams (TCC)

Concrete
Core
Slabs (TCC)

Steel
Connections
Design for
Disassembly

Foundation and
under ground
structure
Can be designed Fire protection
for escape routes
for R90
Stability systems Stability systems Stability systems/
bracing
Acoustical mass
Thermal mass
Easy to process Easy preEasy preconstruction
construction
Fast planning in fast planning in Fast planning in
BIM
BIM
BIM
Fast digital
Fast production Fast production
production

As highlighted in the table above all applicable construction materials can be used to provide lateral stability. By
combining their varying properties of the above listed materials a stability system can be developed to the requirements of a building.

REFERENCES

[1] Heupel Architects
[2] Arup Deutschland GmbH
[3] Architects Hermann Kaufmann + merz kley partner
for CREE, RHOMBERG
[4] University of Bath
[5] Hollow wall example – KNECHT Betonwerke
[6] Solid Wall example – Little Family Home

Figure 20: example of a hollow wall – semi-pre-fabricated [5]

Figure 21: example of a solid pre-fabricated wall [6]

The examples above illustrate the advantages on site. Less
in-situ works and less formwork will lead to faster construction. As the core provides the main escape route for
the fire strategy and contributes less to the building stability the connection details become easier. The higher selfweight will allow stacking the elements on top of each
other with little or no tension forces to be transferred.
The hybrid construction with timber, concrete or even
steel allows optimising each system for the specific material properties.
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MODAL FREQUENCIES AND SHAPES FOR VIBRATIONS OF TWO-SPAN
CONTINUOUS TIMBER FLOORING SYSTEMS
Binsheng Zhang1, Martin Cillen2, Tony Kilpatrick3
ABSTRACT: Based on classic vibrational bending theory on beams, this paper provides comprehensive analytical
formulae for vibrational characteristics of two-span continuous timber flooring systems, including frequency equations,
modal frequencies, modal shapes, etc. Four practical boundary conditions are considered for end supports, including
free, sliding, pinned and fixed end supports, and a total of sixteen combinations of flooring systems are created. The
deductions of analytical formulae are also expanded to two unequal span continuous flooring systems with pinned end
supports and an empirical equation for determining the fundamental frequency is proposed. The obtained analytical
equations for vibrational characteristics can be applied for practical design of two-span continuous flooring systems.
KEYWORDS: Two-span continuous timber floors, Frequency equations, Modal frequencies, Mode shapes

1 INTRODUCTION 123
Vibrational serviceability performance of buildings and
components under structural vibrations, in particular
timber flooring systems, has become an important issue
in Europe, and it is even more relevant for timber based
lightweight components and buildings due to their
natural frequencies of resonance and the low mass of
building materials used for constructing these
components. In Europe, Eurocode 5 has been widely
used for design of timber floors [1]. A building or a
component, e.g. timber floor, is generally designed to
satisfy both ultimate and serviceability limit state criteria
[2]. The former are set to ensure that the building or its
components should be safe when subjected to bending,
shear, axial loading, bearing and lateral stability under
combined self-weight, imposed load, snow, wind and
other possible loading, and include equilibrium,
structural, geotechnical and fatigue designs. The latter
are set to ensure that the building and its components are
serviceable by controlling deformations, vibrations and
damages adversely affecting durability, i.e.
• provide acceptable human comfort,
• maintain functioning of the structure under normal
use,
• uphold acceptable appearance of the construction
works.
Vibrational serviceability limit state criteria often
dominate the design of timber floors, e.g. long span
floors constructed with engineered timber joists. The
vibrational parameters which need to be checked include
1
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the fundamental frequency, unit point load deflection
and unit impulse velocity response. The methods for
determining these parameters and the corresponding
design limits are proposed in current EN 1995 Part 1-1
[2] and the National Annexes of the European countries,
which vary largely from country to country due to
different design methods, fabrication procedures and
construction techniques.
Vibrational serviceability design for timber floors in EN
1995-1-1 is largely based on Ohlsson’s early research
work [3]. Human beings are regarded as the critical
sensors of vibration and their discomfort to structural
vibrations of timber floors becomes great concern to
many professionals. For building design, human
activities and machinery are the two most important
internal sources of vibration in timber based lightweight
buildings. Human activities include footfall from normal
walking and children’s jumping, which can cause human
discomfort due to footfall-induced vibrations. Human
discomfort can also be caused by machine-induced
vibrations. From Ohlsson, the human sensitivity and
perception to structural vibrations are regarded to be
• related to vibration acceleration for frequencies
which are lower than 8 Hz,
• related to vibration velocity for frequencies which
are higher than 8 Hz,
• increased by the duration of vibration,
• decreased by proximity to or awareness of the
vibration source,
• decreased by physical activities.
Based on those facts, Ohlsson systematically carried out
experimental testing and numerical analysis on structural
vibrations of timber floors and proposed several
parameters for controlling the vibrational serviceability
design of timber floors, including the fundamental
frequency f1, the maximum deflection w of the floor
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under unit pooint load appllied at the floor centre, andd the
maximum veelocity responnse v under un
nit impulse. Thhese
three parameeters have beeen adopted in EN 1995-1-11 for
vibrational seerviceability design
d
of timb
ber floors.
EN 1995-1-11 requires thatt the fundameental frequenccy of
residential flloors simply supported
s
alon
ng all four eddges,
i.e. the first first-order mo
odal frequenccy f1 in cycless per
second or Hzz, should satisfy the followiing equation

f1 =

π
2 L2

( EI ) L
 8 (Hz)
m

(1)

where L = floor span in
n m, (EI)L = equivalent pplate
bending stifffness of the flooor about an axis
a perpendiccular
to the beam direction in Nm
N 2/m, and m = mass per unit
area in kg/m2,.
Equation (1) for calculatinng the fundam
mental frequenccy f1
is a simplifieed design equuation which is actually appplied
for two-sidee supported floors and th
he effect off the
transverse stiffness is omiitted because the errors cauused
are not large. EN 1995-1-1 does not cleearly indicate how
the participatting mass shoould be calcullated and wheether
the compositte effect of flooor joists and
d deck in the ffloor
direction shoould be considdered. The dessign equationss and
the corresponnding limits foor the fundam
mental frequenccy f1
proposed frrom EN 199
95-1-1 and various Natiional
Annexes havve been summ
marised by the first author [44].
The majorityy of the Eurropean countrries have direectly
adopted Equuation (1) forr determining the fundameental
frequency annd the limit off 8 Hz specifieed in EN 19955-1-1
[5]. Howeveer, Austria [6]] only adopts Equation (1)) for
two-side suppported floors and providess a fairly accuurate
equation forr four-side suupported floorrs by includinng a
m about the floor
fl
span to width
w
ratio, L/B
B, to
quadratic term
reflect the eeffect of transsverse stiffnesss but omittinng a
term about (L
L/B)2 as

f1 =

( EI )L
m

π
2 L2

π
2 L2

( EI )L
m

2 EQUATIO
ONS OF M
MOTION FO
OR TWOSPAN CO
ONTINUOU
US FLOOR
RS
ontinuous timb
mber flooring systems with
h
Forr two-span co
equ
ual joist spacin
ng but variouss end supportss, they can bee
treaated as two-sp
pan beams andd analysed on a single two-span continuous timber floor jjoist, see Figu
ure 1 in which
h
0  x1  L1 and 0  x2  L2.

4

E )B
⎛ L ⎞ (EI
1+ ⎜ ⎟
E )L
⎝ B ⎠ (EI

(2)

Finland [7] pprovides a moore accurate equation
e
for ffourside supporteed floors by inncluding both second-orderr and
fourth-order terms about L/B
L for the transverse stifffness
effect with a raised frequenncy limit of 9 Hz as

f1 =

b
and
d
takeen as 0.3 for domestic andd residential buildings
offiice areas, 0.6
6 for congreggation areas and
a shopping
g
mallls, and 0.8 forr storage areas
as.
Spaain [8] limits the
t values for the fundamen
ntal frequency
y
f1 for
f all construction mateerials includin
ng timber ass
folllows: f1 > 8 Hz for gymnasiiums and sporrt buildings, f1
> 7 Hz for publicc spaces withoout fixed seatss, and f1 > 3.4
4
Hz for public spaaces with fixedd seats.
opment of enngineered tim
mber products,,
Witth the develo
floo
or joist sizes can be manuffactured much
h larger so ass
to be
b over longerr floor spans oor even multii-spans. Somee
reseearch work on
o structural ddynamic charracteristics off
gen
neral continuous beams hass been reporteed [9,10]. Thee
info
ormation for determining
d
viibrational chaaracteristics off
con
ntinuous timber flooring ssystems, how
wever, is very
y
limited though it is greatly important for
f design off
mod
dern timber building
b
consttructions. In th
his paper, thee
chaaracteristic eq
quations for modal freq
quencies and
d
shap
pes of contin
nuous floors of two equaal spans with
h
variious boundary
y conditions or floors of two unequall
spans with pinn
ned boundaryy conditions are deduced..
Alsso two design
n examples off two-span tim
mber flooring
g
systtems with soliid timber joistts and engineeered joists aree
presented to deemonstrate thhe applicatio
ons of thesee
uations.
equ
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(3)

Austria and F
Finland speciffy that the floor mass m shoould
be determineed using a qu
uasi-permanen
nt combinatio n of
dead and impposed loads, as
a specified in
n Equation (6. 16b)
of EN 1990 [[2]

m = mGkk + 2 mQk

(4)

where mGk = mass due to the
t characteristic dead loadd Gk,
mass due to thhe characterisstic imposed load
and mQk = m
Qk. 2 is thhe factor forr quasi-permaanent value oof a
variable actiion, e.g. imposed load, an
nd its valuess for
different buiilding categorries can be taken
t
from T
Table
A1.1 of EN
N 1990 or thee correspondiing tables off the
National Annnexes to EN
N 1990. In geeneral, 2 cann be

Figure 1: A typical two-span conttinuous timber floor
f

2.1 EQUATIONS OF MOT
TION
c
Beernoulli-Eulerr beam with a
Forr a two-span continuous
unifform cross-seectional area, mass density
y and flexurall
stiff
ffness, the equ
uation of motioon for each beam span, i.e..
tran
nsverse displacement yi(xi, t) versus timee t for Span i,,
is given
g
as

EI

∂ 4 yi
∂yi
∂ 2 yi
c
A
= fi  xi , t 
+
+
r
∂t
∂xi 4
∂t 2

(5))

wheere EI = fleexural stiffneess, c = viscous damping
g
coeefficient, r = mass
m density pper unit volum
me, A = cross-secttional area, fi(xi, t) = time varying external load, i =
span number (i = 1, 2) [11]]. Assume yi(x
( i, t) can bee
separated for xi and t as

yi  xi , t  = yi  x i  g  t 

(6))

bstituting Equation (6) into Equation (5) and ignoring
g
Sub
the harmonic parrt yields the hoomogeneous solutions
s
as
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yi  xi  = Ci1 sin  xi + Ci2 cos  xi
+ Ci3 sinh  xi + Ci4 cosh
h  xi

(7)

The natural ffrequencies annd coefficientts Ci1 to Ci4 off the
beam can bee obtained by applying app
preciate bounddary
conditions. T
The natural freequencies fn arre determined as

fn =

n
2π

=

n 2
2π

  n L1 
EI
=
rA
2 π L12

2

 EI L
m

(8)

Figure 2: A two eq
qual span contiinuous timber floor
f
beam withh
left end fixed and right
r
end simplyy supported

Forr Spans 1 and 2, Equation (77) can be rewrritten as

y1  x1  = C11 sin  x1 + C12 cos  x1

y for nth modde in
where n = circular moddal frequency
nt plate bendin
ng stiffness off the
rad/sec, (EI)L = equivalen
timber floor about an axxis perpendicu
ular to the bbeam
direction in Nm2/m andd (EI)L = (EII)joist/s, (EI)joiist =
fness of the flo
oor joist in Nm
m2, s = floor jjoist
flexural stiffn
spacing in m
m, and m = masss per unit areea in kg/m2.
DARY COND
DITIONS
2.2 BOUND

+ C13 sinh  x1 + C14 cosh  x1
y2  x2  = C21 sin  x2 + C22 cos  x2
+ C23 sinh  x2 + C24 cosh  x2
dy1  x1 

dy12  x1 

Pinned endd

yi  xi = 0  = 0 ,

Fixed end

dyi
yi  xi = 0  = 0 ,
 xi = 0  = 0
dxi

2

dy13  x1 

= C11  3 cos  x1 + C12  3 sin  x1

2
1

dx

3

(13)

3

+ C13  cosh  x1 + C14  sinh  x1

d 2 yi
 xi = 0  = 0
dxi 2

dy2  x2 
dx2

= C21  cos  x2  C22  sin  x2

(14
4)

+ C23  cosh  x2 + C24  sinh  x2
dy2 2  x2 
dx2 2

dy
dy1
 x1 = L1  =  2  x2 = L2  ,
dx1
dx2
2

(12
2)

2

+ C13  sinh  x1 + C14  cosh  x1

y1  x1 = L1  = 0 , y2  x2 = L2  = 0 ,

Pinned
middle
support

= C11  2 sin  x1  C12  2 cos  x1

dx12

d 2 yi
d 3 yi
x
=
0
=
0
,


 xi = 0  = 0
i
dxxi 3
dxi 2

Sliding endd

(11)

+ C13  cosh  x1 + C14  sinh  x1

Control equaations

dyi
d3y
 xi = 0  = 0 , 3i  xi = 0  = 0
dxi
dxi

= C11  cos  x1  C12  sin  x1

dx1

Table 1: Bounndary conditions for two-span continuous beaams

Free end

(10
0)

Diffferentiating Equations
E
(9) aand (10) three times yields

Four typicaal boundary
y conditionss for two-sspan
continuous beams are considered
c
with
w
various end
nd fixed suppports
supports, e.gg. free, slidinng, pinned an
(see Table 1), which fo
orms sixteen combinationss of
flooring systeems.

Boundaryy
conditionss

(9))

= C21  2 sin  x 2  C22  2 coss  x2
2

(15)

2

+ C23 sinh  x2 + C24  cosh  x2

2

d y1
d y2
x = L1  =
 x2 = L2 
2  1
dx2 2
dx1

3 VIBRA
ATIONS FOR CO
ONTINUO
OUS
FLOORS WITH TWO EQU
UAL SPAN
NS
ms with two eequal
For continuoous timber floooring system
spans, L1 = L2 = L.

dy23  x2 
dx2

= C21  3 cos  x 2 + C22  3 sin  x2
3

(16
6)

3

+ C233  cosh  x2 + C24  sinh  x2
3.1..1 Boundary
y conditions ffor Span 1
(a) y1  x1  = 0 at x1 = 0, so Equ
quation (9) deg
generates to

y1  x1 = 0  = C12 + C14 = 0 or C14 = C12

UENCY EQU
UATIONS
3.1 FREQU
To establish the frequency equations of
o two equal sspan
m
frequenncies
flooring systems and to deetermine the modal
( should be uused
and modes, tthe displacemeent equation (7)
in conjunctioon with the boundary con
nditions listedd in
Table 1. To demonstrate the procedure, a typical two
l end fixed and
equal span ccontinuous beaam with the left
the right end simply suppo
orted is used here,
h
see Figurre 2.

2

(b)

dy1  x1 
dx1

= 0 at
a x1 = 0, so Eqquation (11) degenerates
d
to
o

dy1  x1 
dx1

(17)

= C11  + C13  = 0 or C13 = C11

Thu
us, Equation (9) becomes

(18)
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y1  x1  = C11 (sin  x1  sinh  x1 )
+ C12 (cos  x1  cosh  x1 )

dy12 ( x1 = L)
= C11  2 sin  L  C12  2 cos  L
dx12

(19)

+ C13  2 sinh  L + C14  2 cosh  L

(c) y1  x1  = 0 at x1 = L, so Equation (19) degenerates to

y1  x1 = L  = C11 (sin  L  sinh  L)
+ C12 (cos  L  cosh  L) = 0

or C12 =

(sin  L  sinh  L)
C11
(cos  L  cosh  L)

= C11  2 (sin  L + sinh  L)
 C12  (cos  L + cosh  L)

(20)

= 2 C11  2
(21)

(e)

dy2 2  x2 
dx2

2

dy2 2  x2 
dx2 2

= C22  2 + C24  2 = 0 or C22 = C24

dy2 2 ( x2 = L)
= C21  2 sin  L + C23  2 sinh  L
dx2 2

(22)

= 0 at x2 = 0, so Equation (15) changes to

= 2 C21  sin  L

dy1 ( x1 = L)
dy ( x = L)
= 2 2
at x1 = x2 = L, so
dx1
dx2
combining Equations (28) and (29) yields

(g)

(23)

(1  cos  L cosh  L)
(cos  L  cosh  L)
(sin  L cosh  L  cos  L sinh  L)
= C21 
sinh  L

(32)

2(1  cos  L cosh  L)
C11
(cos  L  cosh  L)
or (sin  L cosh  L  cos  L sinh  L)
C21 = 0

sinh  L

(33)

2 C11 

(24)

Thus, Equation (10) becomes

y2  x2  = C21 sin  x2 + C23 sinh  x2

(25)

(f) y2  x2  = 0 at x2 = L, so Equation (25) degenerates to

y2  x2 = L  = C21 sin  L + C23 sinh  L = 0
or C23 = 

sin  L
C21
sinh  L

(26)
(27)

dy1 ( x1 = L)
= C11  cos  L  C12  sin  L
dx1
+ C13  cosh  L + C14  sinh  L
(28)

(1  cos  L cosh  L)
(cos  L  cosh  L)

Combining Equations (14), (24) and (27) and letting x2 =
L yields

dy2 ( x2 = L)
= C21  cos  L + C23  cosh  L
dx2
= C21 

(sin  L cosh  L  cos  L sinh  L)
sinh  L

2 C11  2

(sin  L cosh  L  cos  L sinh  L)
(cos  L  cosh  L)

(34)

2

= 2 C21  sin  L

(sin  L cosh  L  cos  L sinh  L)
C11
(cos  L  cosh  L)
or
+ sin  L C21 = 0

(35)

A nontrivial solution for Equations (33) and (35) exists
only if the determinant of the coefficient matrix
vanishes, which yields

 C12  (sin  L + sinh  L)
= 2 C11 

dy12 ( x1 = L) dy2 2 ( x2 = L)
=
at x1 = x2 = L, so
dx1
dx2
combining Equations (30) and (31) yields

(h)

3.1.3 Boundary conditions at the interior support
Combining Equations (11), (17), (18) and (21) and
letting x1 = L yields

= C11  (cos  L  cosh  L)

(31)

2

Solving Equations (22) and (23) yields
C22 = C24 = 0

(sin  L cosh  L  cos  L sinh  L)
(cos  L  cosh  L)

Combining Equations (15), (24) and (27) and letting x2 =
L yields

3.1.2 Boundary conditions for Span 2
(d) y2  x2  = 0 at x2 = 0, so Equation (10) degenerates to

y2  x2 = 0  = C22 + C24 = 0 or C24 = C22

(30)

2

(29)

Combining Equations (12), (17), (18) and (21) and
letting x1 = L yields

2(1  cos  L cosh  L)sin  L
(cos  L  cosh  L)
(sin  L cosh  L  cos  L sinh  L)2
+
=0
sinh  L (cos  L  cosh  L)

(36)

Thus, the frequency equation can be obtained as

(sin  L + sinh  L)2  sin 2 L sinh 2 L = 0

(37)

Similarly, based on Equation (7) and the boundary
conditions for different two equal span flooring systems
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listed in Taable 1, the frequency
f
equ
uations for oother
fifteen cases with two equ
ual span floors and various end
support condditions can be deduced, see Table 2.
Table 2: Frequency equationns for two-span beams with varrious
end support coonditions

Boundary conditions
Free-free
Free-sliding

Contro
ol equations
 tan  L  tanh  L  ×

 cos  L cosh  L + 1 = 0
2
c  L =
 cos  L  cosh
4 cos2  L cosh
c 2 L

Free-pinned

s  L
 sin  L  sinh

2

=

sin 2 L sin
nh 2 L
Free-fixed

 tan  L  tanh  L  ×
cos  L = 0

Sliding-free

 L
c
 cos  L  cosh

2

=

L
4 cos  L cosh
c
2

Sliding-slidiing

2

 L ×
t
 tan  L + tanh
cos  L = 0

Sliding-pinnned
Sliding-fixedd

tan 2 L = tanh 2 L

 L
c
 cos  L + cosh
2

2

=

timb
ber flooring systems witth two equaal spans and
d
variious boundary
y conditions.
Tab
ble 3: Frequen
ncy parameterrs for two-spa
an beams withh
variious end supporrt conditions

Boundary
conditions
Frree-free
Frree-sliding
Frree-pinned
Frree-fixed
Slliding-free
Slliding-sliding
Slliding-pinned
Slliding-fixed
Piinned-free
Piinned-sliding
Piinned-pinned
Piinned-fixed
Fiixed-free
Fiixed-sliding
Fiixed-pinned
Fiixed-fixed
*
Riigid mode.

1L
*

0.0000
1.1705
1.5059
1.5708
1.1705
1.5708
1.9633
2.0295
1.5059
1.9633
3.1416
3.3932
1.5708
2.0295
3.3932
3.9266

2L

3L

4L

11.8751
22.1695
33.4131
33.9266
22.1695
22.3650
33.5343
44.1973
33.4131
33.5343
33.9266
44.4633
33.9266
44.1973
44.4633
44.7300

3.9266
4.1798
4.4373
4.7124
4.1798
4.7124
5.1051
5.2391
4.4373
5.1051
6.2832
6.5454
4.7124
5.2391
6.5454
7.0686

4.6941
5.2329
6.5446
7.0686
5.2329
5.4978
6.6759
7.3300
6.5446
6.6759
7.0686
7.5916
7.0686
7.3300
7.5916
7.8532

m
shapes oonly for the first
f
modes off
Thee vibrational mode
two
o equal span continuous ffloor beams with variouss
bou
undary conditiions are illustrrated in Figurees 3 to 6.

2

L
4 cos  L cosh
c
Pinned-free

 sin  L  sinh  L 

2

=

sin 2 L sin
nh 2 L
Pinned-slidinng
Pinned-pinnned

tan 2 L = tanh 2 L
t
 L ×
 tan  L  tanh

ri inal po
osition
ree ree

sin  L = 0
Pinned-fixedd

s  L
 sin  L + sinh

2

=

 tan  L  tanh  L  ×
cos  L = 0

Fixed-sliding

c  L
 cos  L + cosh
2

2

=

li in
n

ree

inne
e

ree i e

sin 2  L sin
nh 2 L
Fixed-free

ree

Figure 3: First vibrational m
modes for two
o equal spann
continuous timber floor beams w
with free left ends and variouss
ns for right endds
boundary condition

2

L
4 cos  L cosh
c
Fixed-pinned

s  L
 sin  L + sinh

2

=

sin 2 L sin
nh 2 L
Fixed-fixed

 tan  L  tanh  L  ×
 cos  L cosh  L  1 = 0

AL FREQUEN
NCIES AND SHAPES
3.2 MODA
From the frequency equatiions, the mod
dal frequenciess for
ooring systems can be obtaained
two equal sppan timber flo
numerically. Here comm
mercial softwaare MathCAD
D is
ustrates the vaalues
used for suchh purpose andd Table 3 illu
of iL for thhe first four modal frequencies of sixxteen

ri ina
al position
li in

ree

li in

li in

li in

inne

li in

i e

Figure 4: First vibrational m
modes for two
o equal spann
continuous timberr floor beams with sliding left ends andd
variious boundary conditions
c
for rright ends
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r inal position
ri
inne

ree

inne

li in

inne

inne

inne

i e

Figure 5: F
First vibrational modes forr two equal span
continuous tim
mber floor beeams with pinned left ends and
various bounddary conditions for
f right ends

the first vibraational modess
Finally, Figure 6 illustrates th
pan continuouus timber floo
or beams with
h
for two equal sp
nd various bouundary condittions for rightt
fixeed left ends an
end
ds. The left en
nds have zeroo displacemen
nt and slopess
and
d the right span
ns have variouus shapes whiich depend on
n
pre--defined bou
undary condditions. The fundamentall
freq
quency param
meter 1L increeases in the saame order forr
the right end bou
undary conditio
ions as mentio
oned above.
h
modes aare more com
mplex and willl
Thee shapes for higher
not be discussed further here.

R TWO UNE
EQUAL
4 VIBRATIIONS FOR
SPAN CO
ONTINUOU
US FLOOR
RS
NCY EQUAT
TION
4.1 FREQUEN
ns (L2 = α L1)
Forr continuous flloors with twoo unequal span
and
d pinned end
d supports (FFigure 7), th
he frequency
y
equ
uation can be obtained baseed on Equatio
on (7) and thee
bou
undary conditiions in Table 1 for pinned ends.
e

r inal position
ri
i e

ree

i e

li in

i e

inne

i e

i e

Figure 6: F
First vibrational modes forr two equal span
continuous tim
mber floor beam
ms with fixed lef
eft ends and varrious
boundary condditions for right ends

Figure 3 illuustrates the fiirst vibrationaal modes for two
equal span ccontinuous tim
mber floor beaams with freee left
ends and varrious boundaryy conditions for
f right ends.. All
the mode shhapes are not in scale. The left ends susstain
free drops annd the right en
nds have various shapes w
which
depend on pre-defined boundary co
onditions. At the
de shapes for bboth
interior suppport, the slopees of the mod
left and rigght spans aree continuous. In general, the
fundamental frequency parameter 1L increases inn the
r
end boun
ndary conditiions:
following orrder for the right
free, sliding,, pinned and fixed. It shou
uld be mentiooned
that the first vibrational mode
m
for the free-free
fr
bounddary
m
frequenccy.
conditions shhould be rigid with a zero modal
Figure 4 illuustrates the fiirst vibrationaal modes for two
equal span ccontinuous tim
mber floor beeams with slidding
left ends andd various boun
ndary conditio
ons for right eends.
The left endss have zero slopes and thee right spans hhave
various shappes which dep
pend on pre-d
defined bounddary
conditions. T
The fundameental frequenccy parameter 1L
increases in the same ordder for the rig
ght end bounddary
free, sliding, pinned and fixeed.
conditions: fr
Figure 5 illuustrates the fiirst vibrationaal modes for two
equal span ccontinuous tim
mber floor beeams with pinnned
left ends andd various boun
ndary conditio
ons for right eends.
The left endds have zeroo displacemen
nts and the rright
spans have vvarious shapess which depen
nd on pre-deffined
boundary cconditions. The
T
fundam
mental frequeency
parameter 1L increases in
i the same order
o
for the rright
end boundaryy conditions: free, sliding, pinned
p
and fixxed.

Figure 7: A continuous timber ffloor beam witth two unequall
span
ns and pinned-p
pinned end suppports

4.1..1 Boundary
y conditions ffor Span 1
(a) y1  x1  = 0 at x1 = 0, so Equ
quation (9) deg
generates to

y1  x1 = 0  = C12 + C14 = 0 or C14 = C12
(b)

dy12  x1 
dx12

dy12  x1 
dx12

(38)

= 0 at x1 = 0, so E
Equation (12) changes to
= C12  2 + C14  22 = 0 or C12 = C14

(399)

Solving Equation
ns (38) and (399) yields
C12 = C14 = 0

(40
0)

us, Equation (9) becomes
Thu

y1  x1  = C11 sin  x1 + C13 sinh  x1

(41)

(c) y1  x1  = 0 at x1 = L1, so Eqquation (41) degenerates
d
to
o

y1  x1 = L1  = C11 sin  L1 + C13 sinh  L1 = 0
or C13 = 

sin  L1
C11
sinh  L1

(42
2)
(43)

4.1..2 Boundary
y conditions ffor Span 2
(d) y2  x2  = 0 at x2 = 0, so Eqquation (10) degenerates
d
to

y2  x2 = 0  = C22 + C24 = 0 or C24 = C22
(e)

dy2 2  x2 
dx2 2

(44))

= 0 at x2 = 0, so E
Equation (15)) changes to
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dy2 2  x2 
dx2

2

= C22  2 + C24  2 = 0 or C22 = C24

(45)

+

Solving Equations (44) and (45) yields
C22 = C24 = 0

(46)

(sin  L2 cosh  L2  cos  L2 sinh  L2 )
C21 = 0
sinh  L2

dy12 ( x1 = L1 ) dy2 2 ( x2 = L2 )
=
at x1 = L1 and x2 = L2,
dx1
dx2
so combining Equations (52) and (53) yields

(47)

(f) y2  x2  = 0 at x2 = L2, so Equation (47) degenerates to

y2  x2 = L2  = C21 sin  L2 + C23 sinh  L2 = 0
or C23 = 

sin  L2
C21
sinh  L2

(48)
(49)

4.1.3 Boundary conditions at the interior support
Combining Equations (11), (40) and (43) and letting x1 =
L1 yields

dy1 ( x1 = L1 )
= C11  cos  L1 + C13  cosh  L1
dx1
= C11 

(sin  L1 cosh  L1  cos  L1 sinh  L1 )
sinh  L1

(sin  L2 cosh  L2  cos  L2 sinh  L2 )
= C21 
sinh  L2

(51)

(52)

2

= 2 C11  sin  L1
Combining Equations (15), (46) and (49) and letting x2 =
L2 yields

dy2 2 ( x2 = L2 )
= C21  2 sin  L2 + C23  2 sinh  L2
dx2 2

(53)

= 2 C21  2 sin  L2

dy1 ( x1 = L1 )
dy ( x = L2 )
= 2 2
at x1 = L1 and x2 = L2,
dx1
dx2
so combining Equations (50) and (51) yields
(sin  L1 cosh  L1  cos  L1 sinh  L1 )
C11 
sinh  L1
(54)
(sin  L2 cosh  L2  cos  L2 sinh  L2 )
= C21 
sinh  L2

(g)

or

(56)

or  sin  L1 C11 + sin  L2 C21 = 0

(57)

(sin  L1 cosh  L1  cos  L1 sinh  L1 )
sin  L2 +
sinh  L1
(sin  L2 cosh  L2  cos  L2 sinh  L2 )
sin  L1 = 0
sinh  L2

or

(sin  L1 cosh  L1  cos  L1 sinh  L1 )
sin  L1 sinh  L1
+

(sin  L2 cosh  L2  cos  L2 sinh  L2 )
=0
sin  L2 sinh  L2

(58)

(59)

Thus, the frequency equation can be obtained as

Combining Equations (12), (40) and (43) and letting x1 =
L1 yields

dy12 ( x1 = L1 )
= C11  2 sin  L1 + C13  2 sinh  L1
dx12

2 C11  2 sin  L1 = 2 C21  2 sin  L2

A nontrivial solution for Equations (55) and (57) exists
only if the determinant of the coefficient matrix
vanishes, which yields

(50)

Combining Equations (14), (46) and (49) and letting x2 =
L2 yields

dy2 ( x2 = L2 )
= C21  cos  L2 + C23  cosh  L2
dx2

(55)

(h)

Thus, Equation (10) becomes

y2  x2  = C21 sin  x2 + C23 sinh  x2

(sin  L1 cosh  L1  cos  L1 sinh  L1 )
C11
sinh  L1

 cot  L1  coth  L1  +  cot  L2  coth  L2  = 0

(60)

4.2 MODAL FREQUENCIES AND SHAPES

From the frequency equations (58), (59) or (60), the
modal frequencies of timber flooring systems with two
unequal spans and pinned end supports for various span
ratios can be obtained numerically. Again commercial
software MathCAD is used for such purpose and Table 4
illustrates the values of iL for the first four modal
frequencies of timber flooring systems with eleven
typical floor span ratios α = L2/L1 between 0 and 1.
Figure 8 shows the fundamental vibrational mode shapes
for α = 0.00001, 0.2, 0.4, 0.6, 0.8 and 1.0, respectively.
Table 4: Frequency parameters for continuous beams with two
unequal spans and pinned-pinned end supports

α = L2/ L1
0.00001
0.01
0.10
0.20
0.25
0.40
0.50
0.60
0.75
0.80
1.00

 1L
3.9266
3.9137
3.8143
3.7298
3.6947
3.6070
3.5564
3.5060
3.4167
3.3785
3.1416

 2L
7.0686
7.0456
6.8839
6.7630
6.7132
6.5443
6.2832
5.6983
4.7872
4.5499
3.9266

 3L
10.2101
10.1774
9.9647
9.8118
9.7294
8.6517
7.4295
6.9143
6.6908
6.6399
6.2832

 4L
13.3517
13.3093
13.0537
12.8402
12.5664
10.1140
9.8488
9.6741
8.7697
8.3275
7.0686
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E
ES
5 DESIGN EXAMPLE
QUAL SPAN
N FLOOR WIITH SOLID
5.1 A TWO EQ
TIMBER JOISTS
J
FOR
R FIXED-PIN
NNED ENDS

r inal position
ri

Figure 8: Fiirst vibrationaal modes for two unequal span
continuous tim
mber floor beam
ms with pinned ends
e

When α = L2/L1 is very small, e.g. 0..00001, the m
mode
shape for thhe left span approaches
a
to
o the shape ffor a
single span beam with piinned left end
d and fixed rright
end, and the fundamental modal frequency is the larggest.
The correspoonding amplittude for the right
r
span is vvery
small. With the increase in α value, the fundameental
d
and
d the mode shhape
vibrational ffrequency f1 decreases
for the right span which always
a
followss a half sine w
wave
w higher am
mplitude. Wheen α
becomes more extended with
= 1.0, a fulll sine curve is
i obtained fo
or the whole two
equal span bbeam. This treend continues for α larger than
1.0. For this case, howeveer, the right sp
pan can be treeated
as L1 and tthe left spann treated as L2, so the ssame
calculations can be conduucted. Similarrly at the inteerior
support, the slopes of the mode shapess for both leftt and
right spans arre continuous.

4.3 EMPER
RICAL EQU
UATION FOR
R DESIGN

ber floor desiggned for a dom
mestic timberr
A two-span timb
fram
me building is constructeed with conttinuous solid
d
timb
ber joists, seee Figure 10. T
The floor hass a width B =
5.0 m and a leng
gth L1 = L2 = 4.8 m for eaach span. It iss
con
nstructed with
h 75 mm × 2220 mm C24 solid timberr
joissts at a spacin
ng s = 600 m
mm. The P5 particleboard
d
with
h a thickness of 22 mm is cchosen for thee decking, and
d
the Gyproc plastterboard with a thickness of
o 12.5 mm iss
osen for the ceiling. Thee total self-w
weight of thee
cho
floo
oring system including
i
the timber joists is assumed to
o
be 60 kg/m2, and
a
Service C
Class 2 is assumed.
a
Thee
posed load is Qk = 1.5 kN/m
m2 from EN 19
991-1-1 [12].
imp

b

h

L
s

s

s

s

s

B

(a) A two-span floo
or constructed w
with solid timbeer joists

(b) A two-span floo
or with fixed lefft end and pinneed right end

Figure 9 illuustrates that foor a range of α = 0.0 to 1 .0, a
cubic relationnship betweenn the frequen
ncy parameter 1L
and the spann ratio α can be
b established
d empirically w
with
R2 = 0.9999 aas follows

Figure 10: A two
o-span floor coonstructed from
m solid timberr
joists with fixed lefft end and pinneed right end

1 L1 = 1.21134α 3 + 1.72113α 2  1.2910
0α + 3.9266 (61)

Fro
om Equation (8), the fundam
mental frequeency f1 can bee
deteermined as

f1 =

 1 L1 

2

2
1

2π L

 EI L
m

=

3.399322
2 π × 4.82

1.2201×106
60
6

(62
2)

= 11.342 Hzz > 8 Hz (desiign is satisfacttory!)

Figure 9: Rellationship betw
ween 1L1 and α = L2/L1 withh the
trendline for α = 0.0 to 1.0

This equationn can be usedd to determinee the fundameental
vibrational ffrequency, f1, of continuo
ous timber flloors
with two uneequal span forr practical serviceability deesign
as soon as thhe span ratio α is known.

wheere
y parameter foor the first mo
ode and 1L =
1L1 = frequency
3.3932 quoted
d from Table 3,
L1 = left span len
ngth of the flooor and L1 = 4.8 m,
L2 = right span leength of the flooor and L2 = 4.8
4 m,
b = width of the solid
s
timber jooist and b = 75 mm,
s
timber jooist and h = 22
20 mm,
h = depth of the solid
E = elastic modulus for C24 tim
mber and E = 11 GPa [13],
I = second momeent of area forr a C24 timber joist and I =
m4,
bh3/12 = 0.07
75 × 0.223 /12 = 66.55 × 10-6
(EI))L = equivalent plate bendding stiffness of the timberr
floor about an
n axis perpenddicular to the joist
j
direction
n
and (EI)L = EI/s
E = 11 × 1109 × 66.55 × 10-6 / 0.6 =
1.2201 × 106 Nm2/m,
s = floor joist spaacing and s = 00.6 m,
m = floor mass per unit area annd m = 60 kg//m2.
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5.2 A TWO
O UNEQUAL
L SPAN FLOOR WITH I-JOISTS
S FOR PINN
NED-PINNED
D ENDS
A two-span timber floor designed for an office tim
mber
frame buildiing has a widdth B = 6.0 m, together w
with
lengths L1 = 7.3 m and L2 = 2.92 m for left and rright
spans, whichh gives a spann ratio α = L2/L1 = 2.92/77.3 =
0.4. It is coonstructed witth the engineeered I-joists (JJI
joists) produuced by Jamess Jones & Son
ns Ltd in the UK
[14], see Figure 11. Thee top and bo
ottom flanges are
manufacturedd from C24 solid timber with the widdth b
ranging from
m 47 mm to 97 mm (A to D)
D and a consstant
height of hf = 45 mm. Thhe web is man
nufactured froom 9
mm OSB3 w
which is embbedded into th
he flanges byy 12
mm. The 222 mm P5 paarticleboard is chosen forr the
decking, andd the Gyproc plasterboard
p
with
w a thicknesss of
12.5 mm is cchosen for thee ceiling. Thee total self-weeight
of the floorinng system inclluding the eng
gineered I-joissts is
assumed to be 75 kg/m2, and also Seervice Class 2 is
assumed. Thhe imposed load is taken ass Qk = 2.5 kN
N/m2
[12]. The addopted JJI joissts for this stu
udy are JJI 4400D
joists at a sppacing s = 3000 mm and witth an overall jjoist
depth h = 4000 mm.

(a) A two uneqqual span floor constructed wiith JJI 400D joiists

(b) A two uneqqual span floor with pinned en
nds and α = 0.44
Figure 10: A two-span flooor constructed from solid tim
mber
joists with fixeed left end and pinned
p
right end

From Equatiion (8), the fuundamental freequency f1 cann be
determined aas

f1 =

 1 L1 

2

2
1

2π L

 EI L
m

=

3.60702
2 π × 7.52

10.3930 ×106
75

(63)

= 13.7033 Hz > 8 Hz (ddesign is satissfactory!)
where
1L1 = frequeency parameter for the first mode and  1L =
3.6070 quuoted from Taable 4,
L1 = left spann length of thee floor and L1 = 7.5 m,
L2 = right spaan length of thhe floor and L2 = 3.0 m,

α = span ratio an
nd a = L2/L1 = 3.0/7.5 = 0.4,,
b = width of thee solid timber flanges of JJJI 400D joistss
and b = 97 mm
m,
hf = depth of thee solid timberr flanges of JJJI 400D joistss
and h = 45 mm
m,
tw = thickness off the OSB3 weeb of JJI 400D
D joists and tw
= 9 mm,
h = overall depth
h of JJI 400D jjoists and h = 400 mm,
E = elastic modulus for C24 tim
mber and E = 11 GPa [13],
EP5 = mean elastiic modulus foor 9 mm OSB3
3 web and EP55
= 3000 MPa,
o
I = equivalent second momennt of area with respect to
C24 solid tim
mber for a JJI 4400D joist and
d I = 2.8345 ×
10-4 m4,
(EI))L = equivalent plate bendding stiffness of the timberr
floor about an
n axis perpenddicular to the joist
j
direction
n
and (EI)L = EI/s
E = 11 × 1 09 × 2.8345 × 10-4 / 0.3 =
10.3932 × 106 Nm2/m,
s = floor joist spaacing and s = 00.3 m,
m = floor mass per unit area annd m = 75 kg//m2.

6 CONCLU
USIONS
Bassed on classicc vibrational bbending theory on beams,,
com
mprehensive analytical fformulae forr vibrationall
chaaracteristics of two-span ccontinuous tim
mber flooring
g
systtems have been
b
establishhed, includin
ng frequency
y
equ
uations, modaal frequenciess, mode shap
pes, etc. Fourr
pracctical boundaary conditionns are consid
dered for end
d
sup
pports, includ
ding free, slliding, pinned and fixed
d
sup
pports, and a total of sixteenn combination
ns of flooring
g
systtems are creatted.
Thee characteristiic equations for modal frrequencies off
two
o equal span continuous
c
beaams with variious boundary
y
con
nditions have been deducced and fourr sets of thee
corrresponding mode
m
shapes have been illustrated.
i
A
rigiid mode existss for free-freee end boundarry conditions..
A full
f example fo
or fixed-pinneed boundary conditions
c
hass
beeen presented to
o show the dedduction proceedure.
Thee characteristiic equations for modal frrequencies off
two
o unequal span
n continuous beams with pinned-pinned
p
d
end
d conditions have
h
been deeduced and one set of thee
corrresponding mode
m
shapes foor various spaan ratios havee
beeen illustrated.. A full exa
xample for pinned-pinned
p
d
bou
undary conditiions with a ggeneral span ratio
r
has been
n
presented to sho
ow the deduuction procedure. Also an
n
pirical equatiion for deterrmining mod
dal frequency
y
emp
paraameters with respect to vaarying span raatios has been
n
prop
posed and can
n be used direcctly for practiical design.
Finally, two practical design examples forr determining
g
fundamental mod
dal frequenciees have been presented,
p
onee
for a two equal span continuoous floor con
nstructed with
h
soliid timber joistts for fixed-pinnned ends and
d the other forr
a tw
wo unequal sp
pan continuouss floor constru
ucted with JJII
400
0D I-joists pin
nned at both ennds.
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TIMBER JOINTS WITH MULTIPLE GLUED-IN STEEL RODS AND THE
IMPACT OF DEFECTS
Enrique Gonzalez1, Coralie Avez2, Till Vallee3, Thomas Tannert4
ABSTRACT: Most previous research on timber joints with glued-in rods has focused on testing joints with perfectly
centred single rods to evaluate the influence of design parameters such as rod diameter and anchorage length on the
connection’s structural performance. In practice, however, multiple steel rods are required to transfer the loads from one
structural component to the next and on-site manufacturing often leads to joints with the rods not being perfectly
centred. This paper describes experiments were first the influence of the anchorage length was studied to establish
performance benchmarks. Then a) joints with multiple rods (two, three and four rods with the spacing between rods
varied) and b) joints with two types of defects likely to be encountered on-site (rods placed at an angle inside drill hole
instead of aligned with the joint axis and rod placed against the side of the drill hole instead of fully centred) were
manufactured and subsequently tested under uniaxial quasi-static monotonic tension load. The results showed that for
joints using multiple mild steel 12.7 mm glued-in rods, a ductile failure can consistently be attained if: i) the anchorage
length of the rod is longer than 10 times the diameter; and ii) the spacing between rods is five times the rod diameter.
KEYWORDS: destructive testing, statistical analysis, manufacturing defects,

1. INTRODUCTION 1
1.1 Overview
Connections between timber members are one of the
most crucial aspects when designing timber structures.
To connect timber elements, practitioners have at their
disposal a series of methods: glued-in rods constitute a
viable solution for numerous applications as they exhibit
advantages, e.g. the formation of very stiff connections,
high fire resistance, and improved aesthetics [1-5].
Adhesive bonding provides an efficient method provided
that joints are correctly designed, suitable specifications
are adopted, the work is done by experienced operatives,
and strict quality control is exercised. Despite the
numerous previous efforts, there is no universal
agreement on the design of glued-in rods in timber
applications, partially because most previous research
has been conducted on single rods.

1
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Columbia, enrique.gonzalez.barillas@gmail.com
2 Coralie Avez, Department of Structural Mechanics University
of Mons, coralie.avez@umons.ac.be
3 Till Vallee, Fraunhofer-Institut IFAM,
till.vallee@ifam.fraunhofer.de
4 Thomas Tannert, Wood Science and Civil Engineering,
University of British Columbia, thomas.tannert@ubc.ca

The objectives of this experimental study were to: i)
establish benchmark performance of joints using single
glued-in steel rods considering different anchorage
lengths; ii) investigate timber joints with multiple gluedin rods; and iii) to investigate the possible effects that
common manufacturing defects have on joint
performance. The results summarized herein were
previously discussed in more depths by the authors [6,7].
1.2 Bonded timber joints with defects
Quality control was viewed as a limitation for the use of
glued-in rods for on-site applications. The current
assumption is that very stringent quality control during
the manufacturing process is essential to guarantee
specific curing conditions (i.e. temperature and wood
moisture content), as well as precise geometrical
properties to perform to their expected capabilities [8].
A complete adhesive coverage of the rod surface can be
achieved by several means. Usually, the rods are glued
in vertically in combination with some means to center
the rods. The use of undersized holes, applying adhesive
to the drill hole, and then screwing the rod into the hole,
has the advantage that the adhesive is better retained in
the hole before curing, but then it is difficult to guarantee
that adhesive has reached all parts of the rod. If
oversized drill holes are used, one method is to apply a
well-defined amount of adhesive corresponding to the
estimated void volume into the bottom of the hole and
then assure uniform spread of the adhesive.
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While joints with glued-in rods have been increasingly
the focus of research, practitioners often remain sceptical
because of uncertainties related to the quality of the
bonded joint [9]. A major concern is the possible
presence of defects, e.g., voids, or worse, lack of
adhesion caused by inadequate preparation of the joint.
This issue can be addressed by trying to detect defects
before servicing the corresponding joints by means of
non-destructive-tests (NDT), e.g. in the context of
composite materials; this approach has been shown to
detect defects with varying success [10].
Besides aiming to warrant the absence of defects using
NDT, research was also devoted to investigate and
quantify the effects of artificial defects on the capacity of
bonded joints, analytically [11], numerically [12] and
experimentally [13]. Early studies on the effect of
bonding defects on the capacity of bonded joints
considering aluminium adherents, which exhibit
significant ductility, identified a differentiated
relationship between defects and joint capacity that
depended on the ductility of the adhesive.
For brittle adhesives, the joint capacity was governed by
the leading edges of the joint and not by the bonded area,
and was not very prone to reduction if defects were
located sufficiently far away from the ends of the
overlaps, even if the size of the defects was significant
(up to 60% loss in bonded area) [14]. In contrast, when
using a ductile adhesive [15] it was found that joint
capacity was not governed by edge effects but rather was
almost proportional to the bonded area and
comparatively insensitive to stress concentrations.
In the context of adhesively bonded joints using brittle
timber adherents, the impact of size of defects and defect
patterns on the joint capacity was investigated [9] and it
was concluded that i) defect size and joint capacity are
apparently linearly correlated, independent of the pattern
of the considered defects, but ii) the influence of defects
on the capacity of adhesively bonded joints was found to
be less pronounced than commonly assumed by
practitioners, which at least allows questioning of the
severe reservations formulated on the issue of
defectively bonded connections.
These experimental and numerical findings [9] confirm
earlier findings [13] for brittle adherends, for which the
reduction in strength, as the defect size increases, is not
proportional for small defect sizes. To the best of the
authors’ knowledge, only very limited research on the
effect of artificially introduced defects on the capacity of
joints with glued-in rods has been carried out [2]. Hence
the research presented herein is expected to shed some
light on this important aspect.
1.3 Multiple glued-in rods
Although connections that use a single glued-in rod are
not very common in practice, testing of single rods
allows for a simplified analysis and isolation of
parameters and their influence on the mechanical
performance of the joint [3].

Such studies, however, do not provide designers with the
most relevant information when it comes to designing or
predicting the performance of connections with multiple
glued-in rods, and little data on the performance of
connections with multiple glued-in rods are available.
Amongst the key reservations against available design
rules is the lack of clarity regarding multiple rod
connections including the rod spacing [4,5].
Turkovsky [16] was among the first researchers to
propose that the behaviour of connections with multiple
glued-in rods varied from single glued-in connections
and recommended accounting for irregular force
distributions and stress interferences between the rods. In
cases where brittle failure modes govern the joint
capacity, it could be expected that no plastic
redistribution of forces takes place, and therefore the
failure of one rod may initiate the irreversible failure of
the whole connection. A uniform distribution of forces
can only be achieved if the rod strength is made the
controlling factor within the connection [17].
In addition to the previously defined five failure modes,
two additional modes may occur in connections with
multiple glued-in rods: vi) Splitting failure due to small
spacing and vii) Group pull out. The spacing (s) between
the rods has a significant impact on the failure mode and
consequently the capacity; if the spacing is too small,
splitting failure mode will govern the connection
capacity or multiple rods will pull-out as one plug [18].
Different recommendations for minimum rod spacing
have been made, ranging from 1.5 times the rod diameter
(1.5d) [19], over 2d [20] and 4d [21] to 5d [2]. These
differences clearly demonstrate that the issue of
quantifying minimum rod spacing has not been settled
and further research is needed.

2. EXPERIMENTAL INVESTIGATIONS
2.1 Specimen description
For specimens with a single rod, the glulam cross section
was 79 mm x 79 mm. For specimens with multiple rods,
the glulam depth was kept constant at 79 mm and the
width varied according to the number of rods. To avoid
splitting, the distance, e, between rod and the edge of the
timber was in all cases larger than three times the rod
diameter (3d). The specimen length varied as a function
of the rod’s anchorage length, la. The rods were inserted
into one end of the timber specimens, see Figure 1. The
parameters under investigation were:
i)
Anchorage length, la: 5d, 7.5d, 10d, 15d
ii) Number of Rods, n: 1, 2, 3, 4
iii) Rod spacing for multiple rods, s: 3d, 4d, 5d
iv) Adhesive type: CR-421®, T88®, Gel Magic®
v) Rods placement: centered, off-centered, angled
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Figure 1: Specimen geometry: control series (top); multiple rods (middle) and un-centred rods (bottom)

2.2 Materials
All test specimens were fabricated using Douglas-Fir
(Pseudotsuga menziesii) 20f-E grade glulam. The
moisture content and apparent density based on weight
and volume were determined for all specimens before
testing: the averages were 11.0% and 530 kg/m3,
respectively. Mild grade steel threaded rods with a
diameter of 12.7 mm were chosen to facilitate a ductile
rod failure and to provide load-transfer via mechanical
interlock. The yield strength was experimentally
confirmed on five randomly selected samples. The
average capacity of a single rod was 45.6 kN confirming
a yield strength of Fy,mean = 360 MPa.
Three different adhesives were used [22-24]. For
simplicity, the adhesives are referred to using their
commercial names; CR-421®, T88® and Gel®. Both
T88® and Gel® are two-component (2C) epoxies, yet
they exhibit significantly different non-cured viscosities:
9000cps and 5,300cps for T88® and Gel Magic®,
respectively; viscosity is a critical factor for on-site
applications. CR-421® is a two-component PUR, which
although exhibiting a low viscosity of 4,000 cps,
possesses a superior gap filling ability that allows one to
assume a better bond to the wood. CR-421® exhibits the
shortest open work time, with 10 minutes compared to
the 30 and 45 minutes for T88® and Gel Magic®,
respectively. All adhesives are expected to attain their
bond strength after seven days of curing. Additionally,
both structural EPXs can be relatively classified as nonbrittle with 7% elongation at break, while the PUR is
considered brittle with 2% elongation at break.

2.3 Methods
Tests were carried out utilizing a universal testing
machine with 250 kN capacity under displacement
controlled loading of 1.0 mm/min. Joint capacities were
defined as the load at failure. Joint stiffness was
computed for the loading range between 10% and 40%
according to EN-29816 [25]. The test set-up is shown in
Figure 2.

Figure 2: Test set-up (left) and LVDT (right)
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2.4 Results connections with defects
The load-displacement data recorded showed relatively
linear increases of loads with relative displacements,
with no plastic deformations being noticed up to failure.
Specimens with anchorage lengths longer than 10d all
failed by ductile yielding in the rods (as depicted in
Figure 3 left) while specimens with short anchorage
length (la<10d) failed in a brittle manner (shown in
Figure 2 right). Although very similar failure modes
were observed for the specimens produced with a
manufacturing defect, one specific brittle failure mode at
short anchorage lengths was “partial debonding”
between the rod and adhesive.
Joint capacities were defined as the load at failure; all
experimentally determined values are listed by
dependency on the investigated set of parameters in
Table 1. Joint capacity increases with anchorage length,
but that increase is not linear: while a significant
increase is observed from la=5d to la=10d, no further
increase is observed for la=20d.
The influence of the investigated adhesives declines with
increasing anchorage length: while for short la, using
CR421 leads to the highest capacities and T88 to the
lowest, the differences disappear for longer la. This result
is due to the change in the failure mode: for the higher
capacities at longer la, the failure is rod yielding.
Furthermore, lower capacities are observed when using
Gel Magic® in tests series with a defect at la=10d.
The artificially introduced defects did not have a
significant impact on the capacity or the failure mode of
the investigated joints and the adhesive type only
affected the brittle capacity for short anchorage lengths.
Figure 4 clearly illustrates that for glued-in rod
specimens with 12.7mm diameter mild steel rods, a
constant ductile failure mode was attainable for la>10d.
Furthermore, no shear failures around the bonded rod
(pull-out) were observed at this anchorage length.

Table 1: Summary of results on single rod connections
Adhesive

Defect

Control
“centered”

CR-421®

“Uncentered”
rod

Rod at an
angle

Control
“centered”

T88®

“Uncentered”
rod

Rod at an
angle

Control

Gel
Magic®

“Uncentered”
rod

Rod at an
angle

la [mm]

Fult [kN] COV

60 (5d)

29.1

4%

90 (7.5d)

36.6

8%

120 (10d)

45.3

<1%

180 (15d)

45.3

<1%

240 (20d)

45.5

<1%

60 (5d)

28.5

6%

120 (10d)

45.7

2%

240 (20d)

45.6

<1%

60 (5d)

27.9

9%

120 (10d)

45.7

2%

240 (20d)

45.5

<1%

60 (5d)

20.7

6%

120 (10d)

44.4

4%

240 (20d)

45.7

<1%

60 (5d)

21.2

5%

120 (10d)

44.8

2%

240 (20d)

46.3

<1%

60 (5d)

20.2

13%

120 (10d)

45.2

11%

240 (20d)

45.8

2%

60 (5d)

29.9

10%

120 (10d)

43.9

4%

240 (20d)

45.4

2%

60 (5d)

25.1

19%

120 (10d)

37.8

17%

240 (20d)

45.2

2%

60 (5d)

28.4

13%

120 (10d)

42.1

11%

240 (20d)

45.2

2%

Figure 3: Typical failure modes: rod yielding (left) and brittle
timber failure in shear (right)
Figure 4: Distribution of failure modes for single rod joints
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2.5 Results connections with multiple rods
Depending on anchorage length and rod spacing,
different failure modes were observed i) yielding of the
steel rod, pull out of a wood plug surrounding the rods
(Figures 5 top) and wood splitting between rods (Figure
5 bottom).

Table 2: Summary of results on multiple rod connections
# Rods

1

la

s

Fult [kN]

5d

-

29.1

7.5d

-

36.6

10d

-

45.3

15d

-

45.6

5d

3d
4d
5d

14.9
18.3
24.8

7.5d

3d
4d
5d

31.2
33.9
29.1

10d

3d
4d
5d

41.7
36.8
43.6

15d

3d
4d
5d

36.9
41.3
49.8

5d

3d
4d
5d

18.5
19.5
22.7

7.5d

3d
4d
5d

24.7
33.2
30.3

10d

3d
4d
5d

36.0
38.6
37.4

15d

3d
4d
5d

44.6
50.8
50.3

5d

3d
4d
5d

17.7
17.6
24.7

7.5d

3d
4d
5d

25.6
32.3
32.4

10d

3d
4d
5d

34.1
37.4
39.0

15d

3d
4d
5d

50.3
50.4
50.1

2

Figure 5: Failure modes of connections with multiple rods:
pull out of a wood plug (top) and splitting (bottom)

It was observed that independently of spacing,
specimens with short anchorage lengths (la = 5d and la =
7.5d) failed in a brittle manner while specimens with la =
10d and la = 15d either exhibited ductile yielding in the
rods (for larger spacing) or wood splitting (for smaller
spacing). Group tear out failure (plug pull out) was not
observed for any of the 108 test specimens. Figure 5
illustrates the distribution of failure modes within the test
series as a function of anchorage length and spacing.
The average joint capacities, as listed in Table 2, can be
summarizes as follows:
1) Joint capacity for single rod connections increases
with anchorage length, but that increase is not linear.
Joint capacity for la=15d are significantly larger than for
la=7.5d and la=10d while the latter two are still
significantly larger that capacities when using la=5d.
2) Rod spacing has an effect on the failure mode and as a
consequence on joint capacity. Consistently for all
anchorage lengths and number of rods, capacity
increased with larger spacing.
3) Joint capacity varied with number of rods; there
seems to be a group effect for the shortest anchorage
length la=5d where all specimens displayed a brittle
failure mode. Interestingly, a small increase in capacity
was observed for the longer anchorage lengths.

3

4

2.6 Discussion connections with multiple rods
The first parameter of interest was the anchorage length,
la. The experimental campaign proved that, as expected,
la had a significant effect on the axial capacity of gluedin rods and also primarily defines the failure mode. The
embedment length for the 12.7 mm diameter rods at
which a ductile steel yielding failure mode is facilitated
is 10d for single and also consistently for multiple rod
connections if spacing is 5d.
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The second parameter of interest was the spacing
between rods. Within the parameter variation studies
herein s=3d to s=5d, rod spacing did impact the per rod
capacity of multiple glued-in rod joints.
Additionally, with a change in la, the failure mode of the
joints varied depending on spacing; while large spacing
resulted in rod yielding, the effect of having the rods
placed close to each other manifested itself with a
sudden splitting failure of the timber member. The tests
clearly showed that splitting is the dominant failure
mode for specimens with s=3d. By providing sufficient
spacing between rods, detrimental stress interactions
between the bonded-in rods (“group effect”) can be
controlled. The distribution of failure modes in
dependence of la and s is illustrated in Figure 5.
Interestingly, for ductile failure modes, the joint capacity
increased slightly as a function of the number of rods.
Three steel rods were tested in tension and their
experimental average load at yield was equal to their
capacity (45 kN). Results of the joints with one rod were
consistent with this finding with capacities of 45 KN. All
test specimens with multiple rods that failed in a ductile
manner, however, exhibited an increase in joint capacity
of 5 kN (11%) per rod as compared to single rod
specimens. Failure occurred at 100 kN for specimens
with two rods, at 150 kN for specimens with three rods,
and at 200 kN for specimens with four rods. It is
postulated that this increase in capacity was caused by
slight variations between yield loads of the individual
rods an uneven re-distribution of forces after yielding
occurred in one rods. Figure 6 depicts this phenomenon
with a representative load deformation curve for a
specimen with 4 rods, at la=15d and s=5d.

Figure 6: Representative (per rod) load-deformation curve for
specimens with two rods (a), three rods (b) and four rods (c)

Figure 5: Distribution of failure modes for multiple rod joints

WCTE 2016 e-book | 3752

CONCLUSIONS
Based on the extensive experimental campaign carried
out on timber joints with single and multiple glued-in
steel rods, the following conclusions can be drawn:
1) The results proved that, because glued-in steel rods
are a very stiff connection, ductility can only be achieved
by the bonded-in rods’ ability to deform plastically.
2) For specimens with a single rod of 12.7 mm diameter,
the ductility threshold, beyond which rod yielding
occurred consistently, was found to occur at an
anchorage length close to 10d. All test specimens with la
= 10d and 15d exhibited rod yielding while all 5d and
7.5d specimens failed in shear close to the adhesive line.
3) The results proved that if rods are embedded past their
ductility threshold, the utilized adhesive had negligible
effects on axial capacity, stiffness and failure mode.
4) Rod spacing plays a pivotal role in the performance of
specimens with multiple rods: for s = 5d, ductile
behaviour was properly achieved while smaller spacing
resulted in premature brittle failure. After reaching the
ductility threshold for la>10d, the joint capacity can be
assumed as the sum of the individual rod yield forces.
5) For all specimens fabricated with a deliberate
fabrication defect, with anchorage lengths past their
ductility threshold, these defects neither change the
failure mode nor have any impact on joint capacity. Even
though quality control is of high importance, it is not
imperative that 12.7mm diameter glued-in mild steel
threaded rods be perfectly centered or perfectly aligned.
The data provided by this research should be considered
when promoting a unified design methodology for single
and multiple glued-in rod joints. The results contribute
towards better understanding of the influence that the
studied parameters have on the performance on timber
joints with glued-in rods, as well as towards promoting
the development of further applications.
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GLUED IN BASALT FRP RODS AS MOMENT CONNECTIONS IN BOX
SECTION FRAMES
Caoimhe O’Neill1, Dani l M Polin2, Su Taylor3, Ann tt Hart

4

ABSTRACT: An experimental programme is presented that investigates the application of glued-in rods as moment
connections in a post and beam connection. Nine partial portal frames were constructed of box sections with a beam
depth of 600mm. The box sections were constructed of sawn timber flanges with orientated strand board and birch
plywood webs. 12mm diameter basalt fibre reinforced polymer rods were used to connect the elements with a constant
embedded length of 23· r (280mm) and glueline thickness of 0.125· r (2mm). Specimens with 2 no. and 3 no. rods
were tested to structural failure. Specimens constructed from box sections with OSB webs reached their maximum
capacity and then failed via elemental failure prior to the capacity of the connection being reached. Specimens with
plywood webs were considerably stronger exhibiting failure in the connection. All the test specimens did exhibit
significant deflection which would result in a lower serviceability limit state failure.
KEYWORDS: Application of Glued-in Rods, Basalt FRP, Box sections, Portal frames

1 INTRODUCTION 123
Glued-in rods have a wide range of uses in both new
build and restoration projects where they offer a
sustainable alternative to traditional connection and
reinforcement methods. Successful renovation using
glued-in rods has been carried out in roof and floor
beams in buildings subject to decay [1, 2]. In new build,
five areas were identified where GiR rods may be used
for connections: frame corner, beam-post connection,
beam-beam joint, supports and hinged joints [3]. It is the
frame corner application that is examined in this study.
Since the late 1980s there have been many research
projects commissioned on the use of bonded-in rods in
timber construction e.g. GIROD and LICONS [4], [5].
In spite of this, no universal standard exists for their
design. There had been an informative annex in the prestandard PrBS ENV 1995-2:1997 which provided
limited coverage of the design of bonded-in rods using
steel bars however this document was replaced by BS
EN 1995-2:2004 and no guidance is included in this
current document.
Previous new build that has used the glued-in rod
connection method has used steel rods embedded in to
1
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large glulam elements. In this experimental programme,
the timber box sections used are constructed primarily of
Irish grown solid timber flanges and orientated strand
board (OSB) or plywood webs. The rods used are basalt
fibre reinforced polymer (BFRP). Despite its significant
cost effectiveness compared to Carbon FRP and its
greater tensile strength compared to Glass FRP, BFRP
has only been investigated in a very limited manner for
use in glued-in technology [6]. BFRP has a modulus of
elasticity closer to timber than the more commonly used
steel and has a significantly better weight to strength
ratio. These advantages make glued-in BFRP rods an
attractive connection method where a lightweight,
durable and sustainable building solution is required. In
order to investigate the behaviour of such a connection
in service, nine partial portal frames (frame corners)
were built and tested to failure, as summarised below.
The overall aim of this study focuses on the end use of
glued-in rods in large scale structures which require
moment resisting connections such as portal frames
buildings. Following assessment of the performance of
individual glued-in BFRP rods in a simplified pull-out
test, the experiment presented in this paper further
investigates how glued-in rods perform in service. Partial
portal frames were built to scale and glued-in rods used
as the connectors between the post and beam. Load
testing was carried out to determine the performance of
the glued-in rods as moment resisting connections.
The strength of the system, the strains and the
deflections were measured as a method of assessing the
performance of the glued-in rod moment connections.
The behaviour of the connections with varying number
of rods in box sections of varying strength were studied.
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2 MATERIALS AND METHODS

where:

2.1 BACKGROUND
Embedded length, l , is one of the most influential
variables on the strength of glued-in rods. A preliminary
study was performed to assess how embedded length
affected the pull-out strength of glued-in BFRP rods in
Irish Sitka Spruce. Pull-out capacity can be used as a
measure of the strength of a glued-in rod. The pull-out
test system used was a pull-bending set-up. The pullbending system allows bending strength of the glued-in
rod connection to be evaluated by removing the timber
in the section being loaded so that the only resistance is
from the BFRP bars glued-in to the timber. The pullbending test set-up that was used is illustrated in Figure
1.

Figure 1: ull- en ing pull-out test set-up

k ,

= nominal diameter of the rod (mm)
= embedded length of rod (mm)
= design value of the bondline strength (N/mm2)

The design value of the bondline strength,
using Equation (2):

The German National Annex to Eurocode 5 (DIN
1052:2008 [7]) provides a good prediction of the pull-out
strength, u, of a glued-in rod, as presented in Equation
(1). This prediction is used in Section 4 in the calculation
of the capacity of the partial portal frame corners.
u

=π·d·l

k ,

(1)

, is found

= 4.0 N/mm2

for l ≤ 250mm

k ,

= 5.25 - 0.005·lb

for 250 < l ≤ 500mm

k ,

= 3.5 - 0.0015·lb

for 500 < l ≤ 1000mm

(2)

Splitting was observed in several of the specimens of
optimum embedded length. In these specimens failure
strength was significantly lower than in specimens where
no splitting was observed. In an attempt to alleviate this
problem, a set of specimens were tested where
embedded length remained at 280mm but edge distance
increased in steps of one bar diameter. It was found that
by increasing the edge distance by even a small amount
instances of splitting could be reduced or eliminated,
thus allowing specimens to reach their full potential
capacity. The optimum edge distance was identified as
a=42mm.
2.2 SPECIMEN DETAILS AND FABRICATION
Partial portal frames were assembled from box beam and
post elements that were 600mm x 230mm in overall
cross section. The frame corners had a 5° pitch and were
constructed as per Figure 3.
2300mm

Sawn timber flanges:
220mm x 70mm
OSB or Plywood Webs:
12mm x 600mm

Location of
web stiffeners

Strain gauge location
nternal

ternal

Rods embedded
280mm in to post at
distance of 37.5mm
from back face

Figure 2: ull-out strength ith increasing em e e length

k ,

k ,

900mm 600m

As was anticipated, an increase in pull-out strength was
observed with an increase in embedded length, as shown
in Figure 2. It was observed that between the shortest
embedded length of 80mm and the longest length of
600mm the pull-out capacity increased by a factor of
2.13. This was as expected since the larger interface
area with each increase in embedded length provides
additional resistance to the applied loading. Optimum
embedded length was identified as l =280mm.

l

Figure 3: rame corner imensions

The flange material in all specimens was C16 Irish
grown Sitka Spruce with sawn dimensions of 225mm x
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75mm. The C16 classification indicates that the timber
has a 5th percentile bending strength of 16N/mm2 and a
density of 370kg/m3. These strengths were confirmed by
material testing. The web sheeting material used to
create the box was oriented strand board (OSB)
manufactured from Irish grown Sitka Spruce or imported
Plywood manufactured from Latvian Birch, Table 1
provides the details of materials used for each specimen
set. Web stiffeners in the beam were located above the
post flanges with the purpose of providing additional
anchorage for the GiR.

Table 2 details the positioning of rods in each set where
a = distance from edge of specimen and a = distance
from the end of specimen. All dimensions are given in
terms of rod diameter, r Figure 4 shows a specimen in
the OFC_3 series being prepared. As can be seen, an
additional web stiffener was inserted at the end of the
beam to locate and anchor the BFRP bars in position.

Holes were drilled vertically through the back end of the
beam (through the web stiffener) and in to the post using
a template to guide the auger, 12mm diameter Basalt
fibre reinforced polymer (BFRP) rods were embedded in
the specimens in the configurations detailed in Table 1.
The diameter of each rod, embedded length and glueline
thickness around each rod remained constant throughout
this experiment.

OFC_3
PFC_3
PFC_2

Table 2: Hole positions for each glued-in rod

S t ID

Rod 1
a
3.5 r
3.5 r
3.5 r

a
3 r
3 r
3 r

Rod 2
a
a
centred
centred
3.5 r
3

Rod 3
a
3.5 r
3.5 r
r

-

a
3
3

r
r

Table 1: Specimen specification

S t ID
OFC_3
PFC_3
PFC_2

W
Mat rial
OSB
Birch Ply
Birch Ply

No. Rods
3
3
2

No.
s im ns
3
3
3

The manufacturer’s specification provided with the
12mm diameter BFRP rods reported tensile strength to
be 1200 N/mm2 and modulus of elasticity to be 50
kN/mm2. These values were determined under a loading
rate of 1kN/s [8]. Based on the findings of previous
research carried out by the authors, an embedded length
of 280mm was identified as an optimum, providing
adequate resistance to normal loading conditions
expected in service classes 1 and 2. Thus the embedded
length was set at l =280mm for all specimens in this
experiment. For ease of construction, end distance was
set at a = 37.5mm, half the breadth of the flange. Edge
distance was chosen based on pull-out testing performed
previously by the authors and set at a = 42mm. This
allowed use of multiple rods with adequate spacing
between each to prevent group effects.
All specimens had a 2mm glueline thickness around each
embedded rod. The Rotafix adhesive used for a glued-in
rod had gap-filling capabilities which ensured a good
bond along the entire length of rod by filling the void
between the rod and the timber. This helps to achieve
good adhesion to both the rod material and the timber
and higher shear strength and stiffness in the connection
than that of the timber being used. A two-part thixotropic
gap filling epoxy was used for the purposes of this
research. This adhesive only flows under shear so is
ideal for applications such as overhead beam repair and
jointing overhead. The epoxy used had a bond strength
of 6-10N/mm2 dependant on the adherends used and
preparation of the bonding surfaces [9].

Figure 4:

C

specimens eing prepare

2.3 TEST SETUP
Specimens were tested in a UKCAS calibrated 600kN
capacity hydraulic Dartec actuator as shown in Figure 5.
The specimens were tested to a service load of 5kN
applied load (equivalent 8.46kNm moment) before being
tested to ultimate failure. The load was increased in
0.5kN increments in all cases. This generated an
equivalent moment increase of 0.846kNm at each
increment.

Figure 5: est set-up

Readings of strain and deflection were taken at each load
increment. Deflection was measured at the tip under the
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load point, along the top face at the back end of the
specimen and near to the pivot point. Slip at each side of
the post was also recorded as well as rotation about the
top left-hand corner. Strain was measured using ERS
gauges mounted on the timber surface at the back face
close to the beam-post interface.
Specimens were held in place in the testing rig with
supports which were bolted to the strong floor under the
testing machine and held together with straps as per
Figure 6. This was representative of a fully fixed support
and its effectiveness was assessed in terms of lateral
movement using the instrumentation described above.

is unlikely due to expected failure in the post, however
greater movement is not likely to influence the
performance of the moment connection.
The measured horizontal movement of the post would
have translated to an average of 14.41mm vertical
movement downwards at tip of the cantilever. The
expected deflection at the end of the cantilever as a result
of the beam flexure was also calculated for each
specimen. It was found that beam bending would result
in an average of 4.21mm vertical movement downwards.

Supports
bolted to
strong floor
Straps
holding
supports

Figure 6: etail o supports hol ing specimens in testing rig

Failure was defined as the point at which the specimen
could resist no further increase in load. The structural
failure mode was recorded for each specimen, it should
be noted that failure was most likely to be serviceability
defined with large deflections, however the tests were
continued to achieve structural failure where possible for
full understanding of the connection behaviour.

3 EXPERIMENTAL RESULTS
Overall, specimens in the PFC_2 set performed better
than the other sets in terms of deflection, failure mode
and ultimate capacity. However large deflections in all
specimens mean that specimens would not be acceptable
in terms of serviceability limits. This would require
consideration at the design stage to ensure an adequate
serviceability performance is achieved. Capacity could
also be enhanced through the use of a haunch and an
additional rod to the front of the post to distribute
compression loading more efficiently both of which
would aid moment transfer and increase stiffness of the
sections.
3.1 DEFLECTION
Lateral movement of the post was monitored to assess
the effectiveness of the supports on the post acting as a
fully fixed support. An average of 7.63mm horizontal
movement to the right was observed at the top of the
post. In a full-scale application such minimal movement

Figure 7:
ottom

oment- e lection graphs o specimen topC , C , C
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The results presented in Figure 7 show deflection as a
result of the rotation of the connection system under the
applied loading. It can be observed that deflection at the
tip increased in an almost linear fashion to ultimate
failureError R r n
sour
not ound.Error
R r n
sour
not ound.. Most linearity was
observed in the specimens with Plywood webs with two
embedded rods (PFC_2) indicating that this
configuration produced a stiffer connection with most
effective load transfer.
The deflection limit for a cantilever is span/180. For the
dimensions of the test set-up used this gives a deflection
limit of approximately 9.4mm. At this limit the optimum
performance was seen in the PFC_2 set where capacity
reached almost 10kNm. For the other sets a lower
capacity was reached at the deflection limit. In practice,
in order to increase stiffness of the section a minimum of
one additional glued-in rod would be embedded in the
front face of the post to aid moment transfer. This was
not included in the experimental study presented since it
was desired that a failure in the back connection should
occur and the behaviour of the connection could be
assessed without other factors influencing strength of the
system.

b)

Figure 8b: ailure o

e material on eam

Failure of the web material was the primary failure mode
c)

3.2 FAILURE MODES
The primary failure mode observed for each specimen
set is detailed in Table 3. Failure was categorised in to
two primary failure modes; failure of the web material
and failure of the moment connection. The box beams
failure mode changed for the varying materials and bar
configuration: these varying modes of failure for the
different systems are illustrated in Figures 8a-c.
Table 3: Failure modes observed for each set

S t ID
OFC_3
PFC_3
PFC_2

Failur Mod
Web failure
Web failure and Connection failure
Connection failure

a)

Figure 8c: ailure o moment connection, ro pull-out

observed in the specimens with OSB webs. Under an
applied load of 10kN the panel shear stress was
0.835N/mm2.
Thus the OSB material was not
sufficiently strong enough to transfer loads between the
flanges and in to the post since the internal bond strength
of the OSB was approximately 0.32N/mm2 [10] . Failure
of the OSB web was characterised by popping sounds
which were audible from early in the testing. This failure
mode was not observed as frequently in the sets with
plywood webs since the shear strength of the plywood is
much greater than that of the OSB, approximately
1.86N/mm2 [11] .
In specimens where failure occurred in the web material,
crushing of the web material at the front of the post was
also observed, as pictured in Figure 9. This was a further
indication that the box sections did not have the strength
required to effectively transfer high loads through the
system. Similar behaviour was observed in the PFC_3
series however it was evident that that glued-in bars
were more active in these specimens with the build-up of
stresses around the connection resulting in some
cracking of timber at the back of the post.

Figure 8a: ailure o

e material on post
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strength than those with OSB webs, regardless of the
number of rods used.
Both sets of specimens with plywood webs
outperformed the set with OSB webs. There was
however no significant difference in strength between
those plywood specimens with two embedded rods and
those with three rods, as illustrated in Figure 10. Despite
the similar failure strengths achieved the error illustrated
on this figure highlights the significant difference in
variation between specimens with two and those with
three embedded rods.

Figure 9: Crushing o ser e at ront o post in
specimen

C

Failure of the moment connection was further
categorised in to two modes; pull-out of the rod from the
post and a tension failure of the timber in the vicinity of
the connection arising from a build-up of stresses around
connection. Failure of the timber around the rods arose
as a result of the build-up of stresses in that area, the
connection remained the strongest component in the
system again resulting in a failure of the timber. This
timber failure is however different to failure of the web
material, here loads are being transferred more
effectively through the rod to post.
3.3 ULTIMATE STRENGTH
Table 4 details the ultimate strengths achieved by each
specimen at the point of structural failure.
Table 4: Summary of strengths reached at structural failure

S t ID
OFC_3_001
OFC_3_002
OFC_3_003

A

Ultimat
li d Load
N
10.08
12.40
19.00

Mom nt at
Pi ot Nm
17.05
20.97
32.13

PFC_3_001
PFC_3_002
PFC_3_003

28.14
23.99
41.01

47.58
40.57
69.34

PFC_2_001
PFC_2_002
PFC_2_003

28.68
31.03
31.07

48.50
52.47
52.54

The highest strengths were achieved by specimens in the
PFC_3 set however variation within this set was
relatively high with a standard deviation of 12.25kNm.
Variation within specimens was lowest within the
PFC_2 set with a standard deviation of 1.89kNm. In
these specimens the moment connection was performing
most effectively, evidenced by failure of the connection
rather than failure of the beam or post material. The
deflection behaviour of this set was preferential also, as
presented in the section above. Specimens with plywood
webs performed on average 2.22 times better in terms of

Figure 10: Comparison o ailure strengths or each set

Given the difference in failure mode between the
specimen sets, the results suggest that strength of two
embedded rods is approaching the overall strength of the
box section, after which the beam or flange material is
just as likely to fail as the moment connection. There
may also be unknown group effects at play when three
rods are used thus decreasing the effectiveness of the
additional rod. Further experimental work would be
required to investigate this theory.
3.4 STRAINS
In all specimens, strain on both the internal and external
face of the post was measured as well as on the top and
underside of the beam at the connection end on the
PFC_2 and PFC_3 specimens. Figure 3 shows the
location of these strain gauges. The purpose of gathering
strain readings in these positions is to validate which
parts of the specimen were under compression or in
tension and to evaluate how well load was being
transferred through the section. This would allow the
location of the neutral axis to be determined and allow
validation of the theoretical predictions.
As illustrated in Figure 11, the external face of the post
experienced low stress until approaching failure,
reaching an average tensile stress of 0.86N/mm2 at
failure, where in some cases the timber split and failure
was as a result of the sudden loss of bond between the
flange and web material.
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Strain measurements taken on the top and underside of
the beam showed that the top face of the beam
experienced minimal stress throughout loading until the
point of failure where a step increase in strain was
observed. The underside of the beam however was under
increasing compressive stress. Stress increased in a
linear fashion until failure when, similar to the top face
of the beam, a step increase in strain was observed. This
increase was indicative of the brittle type failure
observed.

The low tensile strain observed at the external face of the
post is a result of the effective load transfer over a larger
region of timber that exists due to the presence of the
GiR. Conversely the absence of a GiR at the internal
face of the post has resulted in higher compressive strain
on the contact surface of the timber.

4 DESIGN OF MOMENT CONNECTION
WITH GLUED IN RODS
Design of a frame corner with a glued-in rod connection
may be considered similarly to the design of a reinforced
section. The design process of such a reinforced section
has been presented by [12] and [13]. Here, it is suggested
that the timber stress profile detailed in Figure 12, a
modification of the proposal by Patrick (2008) [14] be
used in the determination of the section capacity.

Figure 12: tress pro ile propose

or use ith o section

One specimen from the PFC_2 set was instrumented
with ERS gauges along the length of the beam-post
interface to record the compressive stress profile along
the box section. The stress profile measured with
increasing load is presented in Figure 13 below. 0mm
represents the back face of the post while 600mm is the
inside or front face of the post.

Figure 13: tress pro ile o taine e perimentally

Figure 11: train recor e ith increasing loa on e ternal
ace o post on each specimen

It can be observed that as load increases, the neutral axis
moves farther from the top of the beam and has a value
of approximately 125mm from the top face at failure.
The ratio of peak stress to surface stress at failure was
0.65. These values can be used to validate the moment
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capacity prediction found using the stress block in Figure
12. Thus the strength, number and position of glued-in
rods required for a balanced section.
The stress profile in Figure 12 was used to predict the
moment capacity of the partial portal frames tested in
this experimental programme. The prediction outlined in
the example below was for a specimen in the PFC_2 set.
It is assumed that plane sections remain plane, that the
flange material does not contribute to the strength of the
section and that the stress distribution follows the profile
in Figure 12 with the neutral axis falling within the
compressive flange. The ratio of surface stress to peak
stress for the C16 timber used was µ = 0.9.
The geometrical properties of the post element were:
breadth, = 200mm; web thickness,
12mm depth,
h = 600mm; flange depth, h
75mm; end distance to
centre of rod axis, a = 37.5mm. After transforming the
box section to an equivalent section in sawn timber, the
mechanical properties of the timber were: compressive
strength of timber parallel to the grain, c, ,k =
17.4N/mm2; mean modulus of elasticity parallel to grain,
= 9500N/mm2; second moment of area about the
neutral axis,
2.99*109 mm4. The pull-out capacity of
one glued-in rod of 12mm diameter, embedded 280mm
in to the post was calculated as 40.64kN using Equation
(1) presented in Section 2.1 above.
Timber compression force:
1
𝐶𝑡 = µ𝑓𝑐,𝑜,𝑘 · 𝑏 ∙ 𝛼
2
= 1.566α N

(3)

Tensile resistance provided by glued-in rods:
r=n u
= 81.28 kN

(4)

Position of neutral axis from top fibre:
2𝑛·𝑃𝑢
𝛼=
µ𝑓𝑐,𝑜,𝑘 ·𝑏

(5)

= 51.9mm
t

Ct l
= 44.31 kNm

(6)

It is therefore predicted that the plywood box-section
frame corner with two embedded rods (PFC_2) will fail
in the connection when the applied moment reaches
44.31kNm. From the experimental results presented in
Table 4 it can be seen that all specimens in this set failed
near to this value. With the addition of more glued-in
rods failure is still expected to occur in the connection
given the design outlined above, however it should be
noted that when using additional rods the spacing
between rods must be carefully considered so as to avoid
certain group effects that may lead to a reduction in the
overall capacity of the system.

CONCLUSIONS
 Additional rods do not appear to have a significant
impact upon the overall strength of the frame corner,
perhaps due to group effects. Further experimental
work would be required to investigate this influence
of group effects and determination of optimum
spacing for multiple rods.
 The addition of another rod did increase the
variability within specimens, by up to 6 times. It is
therefore recommended that the number of rods used
is assessed before specification and their spacing
considered so as to negate any group effects and to
realise the full benefit of additional rods. If there is
insufficient spacing available for the number of rods
required it is suggested that other methods of
strengthening the connection are considered, e.g.
using larger diameter rods, increasing embedded
length of the rod or by increasing the glueline
thickness.
 Further testing with steeper pitch is recommended,
10°/15° more common roof pitch.
 Larger scale testing would be beneficial where the
post is not as stumpy so as to evaluate any movement
or any restrictions that were imposed in this test
series by holding the specimen post so close to the
embedded rods.
 The simplified stress profile based on the proposal by
Patrick (2008) gives a good description of behaviour
of the box section under loading and can be used to
predict the moment capacity of such a connection
under loading.
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Vlatka Rajčić, Mislav Stepinac2, Janko Košćak3, Domagoj Damjanović4
ABSTRACT: Glued-in rods (GiR) are an effective way to connect timber elements from both load bearing
capacity/stiffness and aesthetic point of view. This method is also widely accepted as a method for reinforcement of the
new and existing timber structures. Although GiR are widely used in timber structures, there is still no unified European
test standards, product standards or design equations for such connections. At present, there are several test methods and
procedures applied in research and development. In this paper two different methods for obtaining pull-out strength are
presented. Furthermore, experimental investigation was conducted and results obtained from both methods are mutually
compared. Pull – compression test procedure is the most common setup for experimental investigation, however this setup
is sometimes not representative and it is often characterized as unreliable because it does not quite good correspond to
practical applications. The second examined test procedure was pull-pull. Within the experimental investigation, total
number of 36 specimens were tested and results obtained from both methods are shown, discussed and compared in this
paper.
KEYWORDS: glued-in rods, test methods, pull-out strength, pull-compression, pull-pull

1 INTRODUCTION 123
Glued-in rods (GiR) are an effective way of producing
stiff, high-capacity connections in timber structures. GiR
are used for column foundations, moment-resisting
connections in beams and frame corners, as shear
connectors and for strengthening structural elements
when extensively loaded perpendicular to grain and in
shear [1]. This connection application has been used for a
number of years in several countries over the world and
has proven to be a very efficient technique. The main
advantages of glued-in rods are high load transition, good
behaviour of connection in fire situations, easy
application in combination with prefabrication for fast
installation. In addition, the aesthetic appearance of the
finished joint also plays an important role. Glued-in rods
are used both for construction and reinforcement of new
and innovative timber structures and for repair and
reinforcement of historically important structures [2].
A comprehensive study on wide span truss girders in
combination with different timber products reported on
glued-in rods as a good possibility to connect various
elements [3].
GiR are often used as connection method in structures that
are landmarks and testimonials to the achievements of the
structural engineering like exhibition halls, long-span
buildings and timber bridges. Examples of such structures
1
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with GiR connections are shown below - Figure 1 and
Figure 2.

Figure 1: lue -in ro s as a connection metho in long – span
tim er structure – etropol arasol in e ille, pain

Figure 2: eumatt ri ge,
truss ere ma e using
ol au

®

it erlan – joints in the tim er
technology e elope y neue
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Most
applications
have
used
the
GiR
connections/reinforcement with metal bars glued into
softwood. In practice, glulam made from softwood in
combination with rods with metric threads is the most
commonly used combination [1]. But lately, hybrid
glulam, where the outer zones of the beams are made of
hardwood or laminated veneer lumber (LVL) are starting
to be in the increased use for wide span trusses. In the
studies of Hunger et al. [4] and Stepinac et al. [5] GiR
were set into engineered timber products (laminated
veneer lumber made of Norway spruce and European
beech) and different timber species using different
adhesives. They proved that glued-in rods cannot only be
used in softwoods and glulam members but also in
hardwoods and in wood-based products such as LVL.
Also there is a possibility of an application of GiR in
portal timber frames for moment-resistant corner joints
moment-resistant foundation joints and end connections
for glulam beams [6], [7].

Figure 3: pplication o

iR in moment-resistant joints

Figure 5:

lue -in ro s in retro itting o historical structures

Also, GiR are lately often used as a method to connect
timber elements with other structural materials such as
concrete, grout [9], steel [6], [7] or as a connection method
in timber frames combined with structural glass [10]. The
connections between the different materials are of vital
importance and recent efforts have focused on developing
design guidance for hybrid joints [9]. Since hybrid
systems involve two or more materials, the corresponding
design procedures usually overlap different engineering
standards and the development of design guidelines for
hybrid structures and their joints is of fundamental
importance to the industrial acceptance of novel hybrid
solutions [11]. Schober et al. [9] tested new hybrid
approach: a grouting technology with concrete-type
adhesives. Research on grouted joints demonstrated that
conventional wood adhesives used with glued-in rods can
be substituted with a composite material.

,

Great experience has been gathered in the repair and
strengthening of beams made of solid timber, both
softwood and hardwood, and in connecting concrete slabs
to floor beams. For applications where corrosion or
weight could be of concern, the use of pultruded FRP rods
is quite common [1]. Examples are notched beams or
beams with holes, curved or tapered beams and contact
zones/supports with high compression stresses
perpendicular to the grain as shown in Figure 4.

Figure 4: pplication o
elements

the remaining timber structure on site. Glued in rods are
proven to be very effective in attaching new sections to
replace decayed timber.

iR in strengthening tim er structural

Glued-in rods are also applied for retrofitting of historical
structures as systems for replacing decayed parts and
strengthening of critical parts in structures where they
allow the easy connection of the replacement material to

Figure 6: igital esign le t , inite-element mo el mi le
an inishe joint right o groute joints ith glue in ro s

Steel – timber hybrid construction systems, in particular
structures with steel frames, composite steel–timber
floors and shear walls with CLT sheets combine the
industrialized construction technology typical of steel
systems with the advantages offered by CLT panels,
namely lightness and in-plane stability [12]. As
mentioned above, GiR are commonly used in glulam or
softwood but with the new materials such as CLT, GiR is
for sure one of the potential techniques for connecting
CLT elements mutually or CLT with steel parts of the
structure. Also, what should not be neglected is a good
behaviour in seismic actions. GiR can provide additional
energy dissipation and satisfy ductile behaviour during
the earthquake excitations. Stepinac et al. [10] were using
GiR for connecting timber frame elements as a part of
timber-structural glass composites. In their research
results obtained from experimental investigation of GiR
are compared with the results obtained on specimens with
the bolted connections. Full-scale specimens were tested
by combined constant vertical load and displacement
controlled cyclic horizontal load. Connections with GiR
showed great energy dissipation.
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Despite many national and international research projects
and many practical applications of glued-in rods in timber
structures, there is still no universal standard covering the
design thereof [13]. Potential reasons are contradictory
results, the multitude of influencing parameters and
disagreement between experts amongst others. Several
parameters have an influence on the short term pull-out
strength of glued-in rod joints. Firstly, there are
geometrical parameters such as the anchorage length, the
rod and hole diameters, the timber cross section, the bond
line thickness, etc. Second group of parameters are
mechanical parameters that are closely related to the
production such as the timber strength class and species,
the type and rheological behaviour of the adhesive, the
moisture content of wood, the type and material of the rod,
the density of the wood, etc. [14].
A general-purpose European design procedure which is
convenient and user-friendly would be helpful.
When preparing items for standardization it is important
to take into account the approach within the
internationally accepted system for standardization (3step-pyramid). This pyramid is based on test standards
(containing rules on how to test products) [14] and unified
European test standards for GiRs do not exist. The
associated test setups are differentiated in pull – pull, pull
– compression, pull – beam, pull – pile foundation and
pull - bending. These test procedures have been applied
and described by numerous researchers but it is obvious
that the lack of one agreed and defined test procedure
represents huge problem for the development of GiR [14].
The most common loading configurations for testing were
pull – pull and pull – compression methods (Figure 7).
However, it was generally regarded that tests conducted
on specimens in a pull-compression setup did not
correspond to the practical application of glued-in rods,
and pull-out strengths were influenced by local excessive
compression stresses in the area of the load transfer [15],
even though this method is often used. Results for loadbearing capacity vary significantly when the different
methods are applied, thus the need for a standardized test
method, which is easy to use, was identified.

2 TEST METHODS
2.1 PULL – COMPRESSION TEST METHOD
The tests in pull – compression (also known as push – pull
method) are widely accepted because of their simplicity,
low cost and comparability with other dowel-type
fasteners. The tests are often performed as push-pull test
as it is characterized in EN 1382:1999. Failure modes like
the tensile failure are excluded by this test setup and also
the splitting of the specimen is detained by friction
between the timber and the steel plate. Shear failure along
the rod in the adhesive layer or in the timber surrounding
the rod can occur mostly combined as well as yielding of
the rod [15]. Figure 8 illustrates the test setup. In practice,
it is recommended for stiffness and ductility reasons to
design joints with more than one rod. However, tests with
a single rod provide a good basis for the study of the
influence of geometrical and mechanical parameters and
are easier to perform and to interpret than tests on joints
with several rods. The load is transferred from rod in axial
tension to the adhesive and the timber by mechanical
interlock. However, this setup is not representative of the
loading arrangement in many practical applications [15].

Figure 8: ull – compression setup

2.2 PULL – PULL TEST METHOD
The tests in pull – pull are often used to obtain load
carrying capacity of single glued-in rod. Efficient data
analysis in such cases make use of the Maximum
Likelihood Method (MLM) to take into account not only
the failure loads but also the additional information
provided by the survivors and by different failure modes
as well [16]. This method considerate that there are no
bending forces on the bar which is sometimes different
from situations which occur in practical applications.
Usually, one rod is larger than the other so that the
location of failure is known in advance, but also test
setups with rods of same diameter are common. Figure 9
illustrates the test setup.

Figure 9: ull – pull setup
Figure 7:

ost common test metho s [13]

2.3 PULL – BENDING TEST METHOD
The tests in pull – bending configuration imitates the
forces which a glued-in rod connection would be under in
a real application. This test requires a hinge system to be
developed that can transfer load through the sample such
that the bonded-in rod is under bending forces as well as
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axial forces. Figure 10 shows this pull-bending test set-up
[17].

Figure 10: ull – en ing test setup [17]

2.4 PULL – PILE AND PULL – BEAM TEST
METHODS
The tests in pull – pile or pull – beam are often used to
obtain load carrying capacity of a single glued-in rod set
perpendicular to the grain. The pull – beam configuration
leads to uneconomic research because large amount of
timber is required. The pull – pile type of loading
configuration benefits from the tensile force in the steel
rod being balanced by shear stresses in the timber and
from a rather homogenous shear zone (more or less
uniform distribution of shear stresses) in the section
between piles and rod. Crushing of wood due to excessive
compression perpendicular to the grain caused by the
reaction forces is avoided by transferring the loads into
the specimen uniformly distributed along the “piles” [15].




mean modulus of elasticity perpendicular to
grain of 390 N/mm2,
density of 380 kg/mm3.

CLT elements were provided by the Austrian producer
Stora Enso and the technical mark of the panel was CLT
90 L3S NVI C24. The plate was made in accordance with
the Austrian standard Z-9.1-559; layer structure was
cross-laminated single-layer edge-glued panes made of
spruce with a grade of C24 for structural calculations.
According to EN 338, grade C24 have following
characteristic values:
 tension strength parallel to grain of 14 N/mm2,
 tension strength perpendicular to grain of 0.5
N/mm2,
 shear strength of 2.5 N/mm2,
 mean modulus of elasticity parallel to grain of
11000 N/mm2,
 mean modulus of elasticity perpendicular to
grain of 370 N/mm2,
 density of 420 kg/mm3.
Formaldehyde-free PUR adhesive was used for bonding
the cross-layers. Thickness of the panel was 90 mm, three
layers with 30 mm in thickness. Specimens were cut from
a CLT panel with a full length of 8.4m and width of 2.95
m. Some of the characteristics of the CLT panel are listed
in the Table 1.
Table 1: CLT panel

Figure 11: ull – eam

pull – pile test setups

Nominal thickness
[mm]
90

Designation

Layers

Grade

L3s

3

C24

3 MATERIALS AND LABORATORY
TESTS
In this paper only two test methods; pull – compression
and pull-pull were obtained. Results from laboratory tests
are presented and discussed. The presented research was
done in Structural Testing Laboratory within the Faculty
of Civil Engineering in Zagreb, University of Zagreb.
3.1 MATERIAL
The timber members, where the rods were glued-in, were
made either of glulam GL24h or cross-laminated timber
with lamellas of a same grade as glulam members. All
timber specimens were equal in its dimensions with the
length of 400 mm, height of 160 mm and the width of 90
mm.
Glulam elements were provided from Croatian producer
Drvene konstrukcije d.o.o. The glulam was made of
lamellas with a thickness of 40 mm. According to EN
1194, grade GL24h have following characteristic values:
 tension strength parallel to grain of 16.5 N/mm2,
 tension strength perpendicular to grain of 0.4
N/mm2,
 shear strength of 2.7 N/mm2,
 mean modulus of elasticity parallel to grain of
11600 N/mm2,

Figure 12: C

panel

The purpose of the research was to estimate the load
carrying capacity of GiR and to estimate type of failure.
Therefore, the rods had to be designed to remain in the
elastic range at failure. Accordingly, steel bars with metric
threads M10 with strength grade 8.8 (characteristic tensile
strength fub of 800 N/mm2 and characteristic yield strength
fyb of 640 N/mm2) were used.
In the laboratory tests two-component epoxy based
adhesive (EPOCON ‘88) by Croatian producer KGK was
used. The modulus of elasticity of the adhesive in tension
at 20 °C is 29,5 MPa.
One of the goals within the experimental investigation
was also to compare and analyse the differences in pullout force when rods were glued in glulam and in CLT
where lamellas were made of the same grade timber
(C24).
3.2 PREPARATION OF THE SAMPLES
The preparation of the specimen was done in Structural
Testing Laboratory within the Faculty of Civil
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Engineering in Zagreb. The timber elements were brought
from the certified producers and then cut at the required
dimensions. All specimens have equal geometric
specifications for gluing in the rods which is necessary to
compare the test results (dimensions, anchorage length
and hole diameter). An effective anchorage length of 100
mm, a metric thread rod diameter M10 and a bondline
thickness of 1.5 mm were properties for all specimens.
The rods were cleaned to avoid the presence of dust and
oil and glued into timber body. The holes were drilled
manually and cleaned from sawdust with compressed air.
The hole for the rod was drilled in the centre of the cross
section. For CLT specimens the hole was drilled in the
middle lamella (in the direction perpendicular to the
grain). An additional drilled hole perpendicular to the axis
of the hole with rod was made for injection of the
adhesive.
The specimen was kept vertical and the adhesive was
pumped through the hole. After injection of the resin, the
injection channel was sealed by a dowel to prevent
leakage. Specimens were conditioned seven days in
ambient laboratory conditions before testing. In practice,
it is recommended for stiffness and ductility reasons to
design joints with more than one rod [18]. However, tests
with a single rod provide a good basis for the study of the
influence of geometrical and mechanical parameters and
are easier to perform and to interpret than tests on joints
with several rods [19]. The mean moisture content
measured during the preparation of specimens was 10.5
%.
The specimens for pull - pull configuration were done in
a similar way. Holes were drilled on both sides of the
specimen and cleaned from sawdust. After the drilling
was finished, first rod was glued with the same procedure
as the rod for pull – compression setup. Specimens were
then conditioned two days in ambient laboratory
conditions and then second rod was glued-in. The final
specimens were then again conditioned seven days in
ambient laboratory conditions. After the conditioning,
total number of 36 specimens was subjected to the
laboratory tests. An overview of the specimens is given in
the Table 2.

Apart from pull out force, vertical displacement of the rod
relative to the timber sample was measured using LVDT
sensors (HBM WA 10, class 0,5) mounted as shown in
Figure 13.
T

T

T

Figure 13: est setup or pull compression specimens le t an
pull – pull specimens right

Prior to the experimental investigation specimens were
held in laboratory for seven days and any misalignments
of the samples were recorded. After a curing time
specimens were tested as shown in Figure 13 and Figure
14.

LOAD CELL
C

Table 2: Overview of the tested specimens
Specimens

Material

PG

GL24h

Rod set parallel or
perp. to the grain
parallel

OG

GL24h

perpendicular

PC

CLT

perpendicular

PPS

CLT

perpendicular

Method
Pullcompression
Pullcompression
Pullcompression
Pull-pull

3.3 TEST PROTOCOLS
Laboratory tests shown within this paper were performed
using the electro-mechanical testing machine Zwick Roell
Z600E with the vertical displacement control. Traverse
velocity, which is defined as change of displacement per
time interval, was set to 0,5 mm/min during all static tests.
The pull out force was measured with the 600 kN static
load cell with standard deviation less than 1 % (class 1).

LVDT
Figure 14:
perimental in estigation pull – compression
metho le t an pull – pull metho right

After the specimen failed, crosshead displacement rate
was increased and the rod was completely pulled out from
the timber in order to estimate the fractured area of the
timber and examine the condition of the adhesive along
the rod.
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4 RESULTS
The possible failure modes that can occur are summarized
in Figure 15.

Figure 15: ossi le ailure mo es yiel ing o the ro , on
ailure or cohesi e ailure in the oo near the on line,
splitting ailure o the oo only or pull-compression metho

The specimens were designed to avoid failures in the steel
rods or brittle failures of the timber. In most cases the
failure can be characterized as shear failure along the rod
whereby a different ratio of timber and adhesive is
involved. Shear failure along the rod in the surrounding
timber in combination with shear failure along the rod in
the adhesive layer were observed and discussed.
The maximum values of the pull-out forces of all
investigated specimens as well as its mean values for all
specimen categories are shown in Figures 17-20.
When comparing the results of pull-out force for
specimens made in glulam, some differences in failure
modes can be spotted for rods set parallel and
perpendicular to grain. When GiR were set parallel to
timber grain, cohesive failure in the timber near the bond
line occurred with lot of timber grains involved, whilst in
GiR set perpendicular to the grain only small amount of
timber grain was involved (Figures 16).

Figure 17: ull-out orces o taine rom the pull-compression
test metho or iR set parallel to grain

Figure 18: ull-out orces o taine rom the pull-compression
test metho or iR set perpen icular to grain

Results obtained from experimental investigation of the
CLT specimens are shown in Figures 19 and 20. It is
visible from the figures that pull – out forces vary from
25,64 kN to 33,87 kN for the pull – compression test setup
and from 24,64 kN to 29,50 kN for the pull-pull test
method.

Figure 16: hear ailure along the ro
ith i erent ratio o
tim er in ol e le t – iR set parallel to the grain, right iR
set perpen icular to the grain

Figure 17 shows that the pull – out force of glulam
specimens vary from 32,15 kN to 43,15 kN in the case
when GiR was set parallel to the grain and Figure 18
shows pull – out forces of glulam specimens in the case
when GiR was set perpendicular to the grain (from 33,34
kN to 39,00 kN). Comparison between pull – out forces
of PG and OG specimens shows good concurrence
although OG specimens have slightly lower value of mean
pull – out force.

Figure 19: ull-out orces o taine
test metho or iR set in C

rom the pull-compression
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Figure 21: hear ailures in C an
Figure 20: ull-out orces o taine
metho or iR set in C

rom the pull-pull test

specimens

In Figure 19 one test result is significantly lower than the
other ones. The reason is the failure in the bonding layer
between the CLT lamellas (Figure 21, right). There was
initial crack between the layers which have resulted as a
progressive collapse along the bond line between two
layers of the CLT specimen.
All results in this experimental research are shown in
Table 3. It is clearly visible that the specimens made of
glulam have higher pull-out forces.

From the previous figures it can be concluded that the
values of pull-out forces of GiR in specimens made from
CLT are lower than the ones where GiR was set in glulam.
Failure mode of the specimens made of CLT elements, as
expected, were the same as the ones for glulam specimens
where the rods were glued-in perpendicular to the grain
(Figure 21).
Table 3: Results of laboratory tests
Specimen

Material

Method

PG

Total number
of specimens
8

GL24h

OG

8

GL24h

PC

10

CLT

PPS

10

CLT

Pullcompression
Pullcompression
Pullcompression
Pull-pull

Min.
value [kN]
32,15

Max.
value [kN]
43,15

Mean
value [kN]
38,97

33,34

38,99

36,45

25,64

33,87

31,80

24,64

29,50

27,80

Experimental investigation of CLT specimens showed
that the pull-out forces obtained by pull-pull test method
had lower values in comparison to those obtained by the
pull-compression method.

CONCLUSIONS
In this paper results from laboratory tests obtained in
Structural Testing Laboratory within the Faculty of Civil
Engineering in Zagreb, University of Zagreb, were
analysed. For each of the materials/products involved in
the system of GiR (rod, adhesive, wood), European test
standards exist but unified European test standards for
GiRs do not exist.
There are several test methods and procedures applied in
research and development. In this paper two different
methods for obtaining pull-out strength are presented and
compared.
From the preliminary results on a small number of
specimens it is easy to conclude that pull-out force
obtained by pull-compression and pull-pull method
slightly differs.
Pull-out force directly depends on the failure mode of the
system. If failure of the rod and brittle failure of the timber
are neglected due to proper design of the system, during

Failure mode
Cohesive failure in the
wood close to the bond line
Adhesive failure at the
wood-adhesive interface
Adhesive failure at the
wood-adhesive interface
Adhesive failure at the
wood-adhesive interface

pure axial pulling, the GiR system is governed by shear in
the timber/adhesive/steel zone. For pull-pull method
previous statement is valid, but problems occurs if pullcompression method is applied to achieve the pull out
force. In this procedure shear is not the only factor
influencing the behaviour of the joint. Compression
perpendicular/parallel to the grain occurs and stress peaks
on the timber surface will lead to combined failure mode
(failure in the shear zone + failure on the timber surface).
From the experimental work done in this research it is
clearly visible that there are obvious differences in the
failure modes and results between two different test
methods. Comparing the values for pull-out force,
differences occurs and they are a result of a different
failure modes of the system. Values obtained by pull-pull
method are little bit lower than the ones obtained by pullcompression method. As the laboratory tests were made
on relatively small number of specimens further
laboratory tests and verification is needed.
At the moment, there are not only these two methods,
(described in this paper) used in laboratory tests to obtain
pull-out force of the GiR. The associated test setups
widely used are pull – pull, pull – compression, pull –
beam, pull – pile foundation and pull - bending. It is
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obvious that the lack of one agreed and defined test
procedure represents huge problem for the development
of GiR [14].
GiR have been highlighted as an important item in the
course of the CEN/TC 250/SC 5 work programme for the
next five years and hopefully the first step of the 3-step
pyramid (test standards) will be finished and one test
procedure will be accepted for the further examination of
glued in rods.
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HIGH-EFFICIENT JOINT SYSTEM FOR TIMBER ENGINEERING WITH
CASTED-IN CONNECTORS
Markus Jahreis1, Karl Rautenstrauch2
ABSTRACT: High-efficient joints in timber engineering with high-load capacity and stiffness are feasible by using
steel connectors casted into drill holes with a polymer concrete. A rigid and stable joint is realizable by using an
appropriate grouting material. Even with short bond lengths it is possible to enhance the loading by raising the diameter
of the drill hole. In this paper a connecting system for high-loaded timber structures, composite structures and frames
with a combination of common steel connectors and a highly filled polymer resin are presented.
KEYWORDS: connectors, joints, polymer concrete, glued-in rods, hybrid systems

1 INTRODUCTION 123
The importance of timber structures increases with a
high request in load-bearing capacities and the usability
for constructions. This is reasonable because timber is a
sustainable material with a good availability and because
it is convenient for processing, prefabricating and for dry
and fast assembling on site. The usability can be
increased by combining timber with other materials or
reinforcements (e.g. “high-tech timber beam” [1]).
In order to realize large construction structures with long
span or a large frame, a high-capacity connection is
needed to take the load to supporters to join a large beam
with bending load while assembling, or to connect the
members to a rigid frame or another member made of
another material. For rigid connections, gluing is a very
useful method in timber engineering. If there is no
possibility to stick the timber elements together directly,
glued-in rods can be used for the connections.
The bond between the timber and the connector made by
near-surface mounting is a stiff connection, and the load
capacity is higher compared to the typical yielding
assembly with screws. While using glued-in rods, the
forces are led directly from one member to the other.
The timber can be used in its strong direction because of
the axial position of the rods with the grain.
Furthermore, the geometric attenuation is very low when
filling the drill holes with resin.
However, the load capacity of a glued connection is
mainly affected through the shape and the difference in
stiffness of the materials. The geometry, basically the
anchorage length, influences the stress distribution at the
1

Markus Jahreis, Dep. of Timber and Masonry Engineering,
Bauhaus-Universität Weimar, Marienstrasse 13A, 99423
Weimar, Germany, markus.jahreis@uni-weimar.de
2
Prof. Dr.-Ing. Karl Rautenstrauch, Dep. of Timber and
Masonry Engineering, Bauhaus-Universität Weimar,
Marienstrasse 13A, 99423 Weimar, Germany,
karl.rautenstrauch@uni-weimar.de

end of the bond line. There is a singularity at every end
of a member or a change of material, which induces
peaks in the stress distribution. With an increasing
mounting length the slenderness of the connection
increases. Thus, the inhomogeneity of the stress
distribution rises. The effect of stress peaks is amplified
by glued materials with differences in the modulus of
elasticity (MOE), as is the case with steel and timber.
Because of the divergent stiffness, the same strain causes
a different stress.

Figure 1

Principle of stress distribution at surface-mounted
materials with different stiffnesses.

2 CASTED-IN CONNECTORS WITH
POLYMER GROUT
2.1 MATERIAL
Experimental tests were done to develop rigid
connections for structural elements of timber. The
connectors are mainly made of steel but also fiberreinforced plastics (FRP) were used. The specimens
mostly consist of glued laminated timber GL24h in
accordance to DIN EN 14080. Further tests were done
with cross-laminated timber (CLT), crosswise nailed
timber (MHM) and hardwood oak. The development of a
suitable grout was of major importance. The socketing is
required to embed the connector completely and fill the
cut out in the timber, also under site conditions.
Furthermore, it has to have a high strength for
compression, tension and shear, and to offer a rigid
connection between the connector and the timber.
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Therefore, the grout was confected as a two-component
epoxy resin and as special grated mineral fillings. This
allows for regulating the properties. The stiffness and the
shear capacity, for instance, are adjusted above the
values of timber but are more flexible compared to the
steel connector. The epoxy resin gives a reliable
adhesive bond to the timber. Steel gluing on site is a
difficult challenge. It is more comfortable and safe to use
threaded rods or elements with structured surfaces. The
structure helps to ensure the anchorage via form closure.
Therefore, the grout was made with a customized
viscosity to also encapsulate connectors with various
structures completely.
2.2 COMPRESSION TESTS
For a large range of usability, the properties of the grout
are customized for the special purpose. This can easily
be realized with the mineral filling. For a higher stiffness
or for a large amount, silicate grit with a larger grain
followed by a fuller grating can, on the one hand, be
used. On the other hand, a glue-like grout for small gaps
or to mount members of timber, steel, or FRP can be
made with a fine sand and mineral powder. The range of
stiffness between the coarse “polymer concrete” and the
fine “glue” is from about 23 to 10 GPa. The compression
resistance increases with the reduced filling from 90 to
102 MPa, the tensile resistance is in a range from 16 to
28 MPa. These are values of tests in accordance to
DIN EN 13412. For more detailed information about the
polymer grout, also see [1] and [2].
Besides standard tests with prismatic specimens,
investigations of the long-term behavior were done. The
deformation of the polymer compound material depends
on the load level. The behavior can be descripted as very
good with a Burgers’ model, a combination of the
“Maxwell Chain” and the “Kelvin-Voigt-Element”.
More extended information is given in [2]. Because
timber also consists of polymers, the behavior is
comparable. The absolute value may be different but the
strain under compression stress for loading and
relaxation is similar. Deforming starts with a significant
slope within the first hours. After one week, most of the
deformation is done, and after 3 000 hours, the change is
low. From this moment on, the Burger’s model can be
estimated with a high reliability. At the 1 000-hour point,
the trustworthiness of the forecast is significantly worse.
In tests with long load- and relaxation times, the
deformation factor comes to the same level if the
specimen is loaded again.

For the purpose of the grout to be used in joints, the
influence of triaxial compression is another interesting
issue. If the polymer concrete is used as a filling inside
of a drill hole to transfer a compression load, the
surrounding material gives support and can increase the
load resistance. The post-failure behavior of the material,
the stiffness, the maximum load and the softening are
important to find a realistic material model for FEM.
Therefore, additional experiments were done with one of
the typical grout formulations in several embedding
situations. Dependent on the support, the experiment is a
kind of triaxial test. In an experimental setup, the grout
was casted to a small and a larger block of timber, to a
pipe of tin foil and to a pipe of 3.5 mm strong steel. The
resulting cylinders had a diameter of about 50 mm and a
height of at least three diameters. To load the specimen,
a round steel bar of 40 mm diameter was used. In
appraisal of the results, the load-bearing capacity for
compression rises with stronger support.
After the maximum load was reached, the specimen was
unloaded and reloaded, as long as there was a remaining
resistance. The characteristics of main stresses and the
softening behavior are the basis to form the threedimensional stress space for a FEM material model. A
selection of specimen is shown in Figure 3, and the
results of the triaxial tests are displayed in Figure 4.

Figure 3

Specimen with surrounding timber and steel tube
before and after test
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Diagram of triaxial stress test
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In addition, the angle of friction could be determined
with this test. This enables to estimate the shear
resistance of the material with PC ≈ 37 MPa. As  is the
angle between the plane of friction and normal stress, 1
the radial and 2 the axial stress, the shear stress can be
calculated with formula (1).
 = 

1
 1  2   sin 2
2

(1)

An example of a polymer concrete column subsequent to
the shear failure is given in Figure 20. On the right hand
side, the plane of friction can be seen as obviously
marked with the residual material grind.
If the radial load is caused by the contraction of the grout
transverse to the axial load and the embedment by the
surrounding timber, it can be assumed to about
1 ≈ 11 MPa inside the timber. The distribution of the
radial stress will show an elliptic shape, due to the MOE
changes in relation to the grain direction. Inside the steel
pipe, the radial stress rises much higher. As the steel
starts to yield, the stress can be assumed with
1 = 240 MPa. The diagram in Figure 4 compares the
compression stress with the embedment stress in
accordance with this relationship.
Furthermore, the Poisson’s ratio is not a constant value
for the whole range of the load. In normal use, the radial
strain coefficient is ν = ε22/ε11 = 0.24 for the used
material, but towards the collapse it rises up to ν = 0.38.
Figure 5 shows the radial strain ratio of a cylindrical
specimen made of polymer concrete in dependence to
the load level.

2.3.1 Test setting
The specimens were mostly made of glulam, and the
rods were symmetrically casted-in in an axial direction at
both ends. With three layers of spruce, the glulam was
produced to a cross-section of 120 x 120 mm. For
consistent stress distribution, there was a distance of
1.4 x bond length between the ends of the rods to realize
an undisturbed area [3]. The connectors were mounted in
a test machine and pulled with constant elongation. This
pull-pull test induces more realistic stress distribution
and results of resistance compared to pull-compression
tests with hold-downs at the end grain. However, for
tests with casted-in connectors perpendicular to the
grain, a pull-compression test was used. Hence, the load
resistance of the joint is higher than the load capacity of
the timber itself in this direction. The distance between
the connector and the supports was 100 mm to every
side. Metrically threaded steel rods with 16 mm diameter
are mostly used for the connector, but also FRP-rods or
other connecting systems were tested.

1,2

ratio of max load

1,0
0,8

Figure 6

0,6
0,4
0,2
0,0

0,2

Figure 5
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0,35
0,4
Poisson's ratio n [-]

0,45

0,5

Behavior of the Poisson’s ratio while a
compression resistance test of polymer concrete

2.3 PULL-OUT TESTS
In experimental studies, different geometrical
configurations of the joint were tested. In a first step, the
investigation was focused on the influence of the
anchorage length. Therefore, sheets of carbon fiber
reinforced plastic (CFRP) and metric steel rods with an
increasing anchorage length were investigated. The
MOE of both materials is similar. In a second step, the
influence of the thickness of the bond line was explored.
Therefore, the diameter of the drilled hole was modified.
Thus, the bond line was “thick” compared to common
surface mounting joints. In fact, it was no longer a “bond
line”, but an own layer of material with controllable
properties.

Test setting and typical appearance after collapse

Besides common measurements with displacement
transducers non-destructive testing measurements by
industrial close-range photogrammetry (CRP) were used
to determine the allocation of the strain distribution at
different specimens during the tests. This enables to
record whole range areas of strain and the progression of
deformations, cracks and deteriorations during the
loading and the unloading.
2.3.2 Load-bearing capacity
There is a well-known effect of decreasing load capacity
at increasing anchorage length. This could be confirmed
in tests for steel rods but also by the use of FRP rods or
lamellas. The load bearing capacity of a glued-in rod
enhances linearly up to 200 mm or 250 mm. From this
point there is another linear behaviour but with smaller
slope. There are numerous publications about this fact
and there are some approaches to consider it. Blass et al.
published in 1996 [4] a formula for glued-in rods, which
is joint to the work of Riberhold in 1988 [5]. Both find a
bilinear function for load capacity of glued-in rods,
while Riberhold places the deviation of slope at 200 mm
and Blass at 250 mm. For the current experiments the
formula of Blass was modified and the kink of the curve
was found at 200 mm. By the example of casted-in
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connector with 30 mm drill-hole diameter the test results
and the new formula is shown in Figure 7.
For bond length lad < 250 mm
Rax = π  lad  d h  f v '   kv1 + kv 2 
with

(2)

f v ,k ' = 0.01  rT N/mm²
f v ,m ' = 0.0125  rT N/mm²

lad ≥ 250 mm

Rax = π  lad  dh  f v '   kv1 + kv 2 

with

(3)

fv,k ' = 0.166  rT N/mm²
f v ,m ' = 0.20  rT N/mm²

Gross density of timber rT [kg/m³]
Parameters of bond stress as a characteristic
(fv,k’) and a median (fv,m’) value
lad length of anchorage
dh diameter of drill-hole

instance, the grout was made of the same formulation.
Thus, the stiffness of the casting block rises and enforces
higher peaks of stress with a larger diameter. To
counteract this, the grout can be made with a formulation
of lower stiffness.
Furthermore, the radial strain coefficient differs between
tension and compression and rises with the load. This
causes additional stress transverse to the load. Since
timber has a low resistance to perpendicular stress, the
load capacity decreases. This may also influence the
load-bearing capacity of groups of connectors. An axial
tensile force induces a radial strain of the Poisson’s ratio.
If the connectors are too close together, the timber inbetween does not have enough material for elongation.
The radial strain, in consequence of the lateral load,
exceeds the elongation to rupture and the connection
fails.
At single connectors with large diameters, the volume
effect can be taken into account by reduction factors,
which are implemented in the approach.

160

Ratio of stiffness between timber and rod /connector
E A
k*1 = 0.5
k = k*  T T

140
120

v1

100
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40
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DIN-EN-1995/NA

200

300

400

500

(4)

on len t

Figure 7

Test results and re-estimation with the approach of
Blass [4] and formula (1) + (2) for various
anchorage lengths at a constant drill hole diameter
of 30 mm

The limiting factor is caused by the peaks of the shear
stress at the ends of a bond line (see also chapter 2.3.3).
However, the load-bearing capacity can be enhanced by
larger diameters of the drill holes. At the dimensioning
equation for glued-in rods in EC 5, the size of the rod
dictates the load capacity of the joint. In fact, the size of
the bonding zone between timber and grout should be
used for dimensioning. The failure of the connection
was, concerning almost all tests, a shear failure of the
timber. Therefore, the own approach can be used with
the lateral area of the drill hole or the circumference of
another shaped cut out. The shear resistance of the
timber around the bond line for most examples was
about 5 to 7 MPa. Also for rectangular cut outs the
tensile resistance towards the end grain was about
8 MPa.
A comparison of the test results for different drill hole
diameters is given in Figure 8. Although there is no
linear increase, the failure mechanism at rising diameters
is comparable to all bond lengths.
The ratio of the stiffness of the materials affects the
stress distribution at a direct mounted system. The
slenderness has an influence as well. In case of the
compared specimen in the diagram above (Figure 7) for

2

E C A C  1,5

Up to now, the diameter of the rods had to be enlarged
for higher load transference. In fact, the larger rods are
less flexible, which can influence the connection in an
unfavorable way. It is more beneficial to enlarge the
mounting area with larger drill holes filled with a grout
and to use a smaller steel rod. Thus, the remaining
capacity of the joint can be regulated with the yielding
behavior of the rod. Furthermore, the casting technology
gives the possibility to use alternative connecting
elements, as there are customized steel constructions or
conventional connectors for concrete constructions. They
can be placed into a cut out with individual shape and
fixed with the polymer grout.
160
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Ratio of stiffness between timber grout in dependence to
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ET AT
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Figure 8

Test results and re-estimation with formula (2) +
(3) for various drill-hole diameters and anchorage
lengths

WCTE 2016 e-book | 3775

Figure 11 Specimen PC-EG_200-30 for photogrammetry
after total collapse
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Figure 10 Load capacity of cast-in rods in accordance to
bond length and diameter of drill hole

2.3.3 Strain
To get an idea of the strain distribution and the stress,
some specimens were monitored with photogrammetry.
Therefore, the specimens were fabricated as in normal
tests with a drill hole and casted-in connectors.
Thereafter, the timber was recessed at one side close to
the bond line, and the surface was painted with white
color and marked with black targets. With the aid of
CRP adjusted to the force, the strain at the bonding area
could be visualized. Figure 12 shows a diagram of the
elongation following a line along the bond line’s axis of
a specimen with 200 mm bond length and a 30 mm drill
hole diameter. The peaks at the beginning and the end of
the connection are easily recognizable. The strain
between the peaks is mostly low and homogeneous. The
continuous line shows the elongation right before the
failure of the bond between connector and end of grain
inside the drill hole. There also is a dash-dot graph of
specimen with a 100 mm bond length for comparison
(Figure 11). The strain is distributed more equally at the
shorter length. It can be assumed that the product of
elongation and Young’s modulus represent the stress
within the material as long as the connection all around
the bond surface is still impeccable. After the failure of
the bond to the end grain, the strong elongation marks a
kind of gap. Besides that, there is almost no more strain.
However, the strain towards the beginning of the bond
line rises. The dashed line shows the strain after a failure
of contact, and the dotted graph displays the situation
right before the total collapse.
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Figure 12 Strain distribution nearby the bonding area
between polymer cast and timber in case of
specimen PC-EG_200-30

2.3.4 Connectors perpendicular to the grain
Certainly, the casted-in connectors can be used in other
directions to the grain too. The adhesive mounting inside
the drill hole also allows for a rigid connection with the
timber to the end-grain. While pulling, the fibers are
involved over a long span for load bearing, as can be
seen in Figure 13. Rolling shear causes the collapse of
the timber edgewise to the connector. The large bearing
area of much more than 100 mm in both directions can
be demonstrated with the deformed grain up to the
supporters of the test setting. The load capacity is about
5 % higher compared to the same length and diameter
casted in parallel to the grain. Just as well, concerning
casted-in connectors in CLT, the capacity is at least 7 %
higher. In this case, the layers of boards are giving
support to each other. Both directions can be used for
anchorage and create a strong system. The crosswise
fibers take over the load like a rope, and the longitudinal
fibers preserve the rolling shear collapse and carry the
load through the element.

Figure 13 Specimen with casted-in connector perpendicular
to the grain
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Shear Test - force per connector with lad = 100 mm
casted-in connector
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Figure 14 Shear test with casted in connectors, fully threated
screws (results from Jockwer 2015 [6]), and in
comparison to the approach with formula (7)

Hankinson [7] found a formula for the load capacity of
timber in accordance to the angel between force and
grain in case of tension or compression (6). As the tests
confirm, this formula can be used with little adaption
also for the estimation of the load bearing capacity of
casted-in connectors with shear load. Therefore, the

transverse and the axial forces are integrated (7). The
estimated function is comparable to the tests results in
case of n = 2.75 and with the values of lateral and
orthogonal load, shown in the diagram as dash-dotted
line.
fc ,α =

fc ,0  fc ,90

(6)

fc ,0 sinn α + fc ,90 cosn α

Fcon,α =

Fax  Fv
sinn α  Fax + cosn α  Fv

(7)

The absolute value for the load capacity of the casted-in
connectors is about two times higher than that of a
simple screw. In addition, the stiffness of the joint is
significantly higher concerning the new type of
connection. Figure 15 shows the mean load deformation
curves of the tests in accordance with the angle between
the fiber, which is the direction of the force at the same
time, and the connector. The curves of the tests with
casted-in connectors (PCS) are marked with the value
point. The values for the fully threaded screws are taken
from publications of Jockwer et al. [6]. For a better
comparability, the curves with the same angle are printed
in the same design. Further graphs are given for the load
deflection relation in accordance with the technical
bulletin of the fully threaded screws.
10

a

8

s ear stress

2.4 SHEARING TESTS
The shear stability and stiffness of joints with casted-in
connectors at a variable inclination to the grain was
estimated with shearing tests, designed in accordance
with tests with fully threaded screws from Jockwer,
Steiger and Frangi in 2015 [6]. Within the symmetric
test, consisting of a central and two lateral blocks of
glulam, two connectors are placed at each side. The
sideward pieces are placed as support plates, while the
test machine displaced the central block. The timber
pieces are separated with a PTFE-foil to react to friction
forces. The connectors are mounted with an angle of
30 °, 45 °, 60 ° and 90 ° to the grain. For verification,
one test was done under 45 ° only with screws.
The connector made of a fully threaded screw and
casting was designed with a comparable stiffness of the
connector at Jockwer et al. [6], a 13 mm screw from SFS
with EA ≈ 9 · 106 N. The combined connector was made
of a 16 mm drill hole, casted with a low-filled polymer
grout with EPC = 10 000 MPa and self-tapping fully
threaded screws with a diameter of 11.3 mm. In
combination, the connector has a calculated stiffness of
EA ≈ 8.8 ·106 N.
In the following Figure 14, the results of the shear tests
with casted-in connectors are presented. They are then
compared to the shear tests with self-tapping screws
from Jockwer et al. [6]. The results are normalized to
shear stress around the connector because the connecting
length in tests changes with the inclination. The stress is
estimated as the quotient of the total load and the surface
of the drill hole at the casted-in connectors, or as the
idealized area of the outer thread at the screws. The
value for the angle of zero degree is taken from a normal
pull out test with a casted-in connector parallel to the
grain.
In both versions of the connection, the bearing capacity
is dependent on the off-axis angle. This typical
correlation, well known from the load capacity, can be
seen in Figure 15 for the shear tests as well.
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Figure 15 Stress deflection diagram for mean of shear tests in
accordance with the off-axis angle

The reason for the higher load resistance is the bond
between the casting material and the timber. The resin as
a part of the grout enables a strong interconnection with
the wooden fibers. It intrudes into the cut cells and gives
a link perpendicular to the grain. The resulting tension
force inside the screw can be led to the surrounding
timber, also at the end of the connector. This could be an
important benefit for practical use. For instance, if crosslaminated timber should be mounted to a glulam girder,
the areas of the crossed boards are in danger of rolling
shear failure. With the new kind of connection, these
areas can be bridged.
Furthermore, the areas of timber around the connectors
are enlarged through bonding. When driving a screw into
the timber and web loading, the grain will be damaged.
In comparison to the specimen after failure, the bearing
area is visible. The fibers around the screw are deformed
by the load to a depth of about two millimeters (Figure
16), a small value for the bearing area. In case of castedin connectors, the fibers are deformed from 5 to 25 mm
(Figure 17), which is a significantly higher value. This is
caused through the adhesive bond between the grout and
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the wood cells. The end grain is connected to the joint,
and the load can be transferred to the timber much more
efficiently. However, the experiment demonstrates that
the direct bond does not affect a bridle failure. The fibers
begin to bend in a large bow in the direction of the
tensile load (Figure 17).

Figure 16 Connection of fully threaded screw with destructed
embedding and small bearing area

2.5 COMPRESSION JOINTS
2.5.1 Joint for load impact
The counterparts to the tensile connectors are the
compression areas. To obtain a clear difference between
tensile and compression force, and a maximum leverage
while transmitting a bending moment, it is helpful to
concentrate the stress close to the edges. Similar to the
casted-in connectors for tension, the grout with very high
compression resistance can be used at the compression
zone. Within a hole with various shapes, the grout takes
the high load and conducts it in equalized stress to the
timber. The mechanical effectiveness is comparable at
both directions of the loading.
Concerning the bearings and the compression area at
bending beams, the load has to be transmitted to the
timber via a small area. With cut outs and a filling of
polymer grout, the load can be charged in a defined area.
Due to the high compression resistance of the grout, the
area at the surface can be small. The compression block
is completely embedded and uses all lateral areas for
load transference and enlarges the load-bearing capacity.
This helps to reduce the size of the bearings, but also to
guide the force at an assigned point of the cross section.
In case of a joint with bending moment, the distance
between tensile and compression force can be regulated.
A nice side effect is the better optic of the intact timber
beam and the fire protection of the connecting elements.

Figure 17 Casted-in connector after test with bond to the
grain and large area of bearing and a yield hinge

In the section of a specimen with a perpendicular
connector, the effect of yield and anchorage forces axial
to the screw can be seen in Figure 18. At both sides of
the joint, the timber cells are compressed underneath the
screw, and the yield deformation of the screw is
impressive. Additionally, the cells of the timber are
bowed towards the joint along the connector. This effect
occurs because the bond between the grout and the
timber still works while loading and is stronger than the
timber strength perpendicular to the grain. It also
demonstrates the axial forces inside the connector and
the effect of suspension.

Figure 18 Plastic hinges of screw beside the joint, anchorage
effect towards the head of screw (right hand side),
buckling by bearing stress

Figure 19 Load impact point with embedded steel bar

2.5.2 Compression Columns
Another purpose is the transmission of compression
force through a construction element made of timber.
Especially if the element is placed perpendicular to the
direction of load, the timber normally has a low
resistance and a high rate of deformation. However, this
situation arises numerous times in praxis in buildings,
e.g. in a post and lintel construction or in timber ceilings
of multi-story buildings. The load of the upper stories or
the roof construction has to be transferred through the
crossing construction elements. Especially with regards
to continuous beams, there is a demand for a smart
solution to transmit the bending moment of the lintel and
the normal force of the post. With the help of large drill
holes, filled with a polymer grout, both requirements can
be realized. The grout with a compression resistance of
about 100 MPa carries a high load through the crossing
beam within a small area. This means, the reduction of
the beams’ cross-section is low. In case of larger cut
outs, it is possible to use embedded reinforcement bars.
Those can be made of threaded steel rods or FRP. They
can be placed in the direction of the compressive load as
well as in the direction of the lintel. Therefore, they can
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Figure 20 Specimen in test setting and fracture appearance

There is a high remaining load capacity of the system
because of the combination of a high compression
resistance of the grout and the elasticity and supporting
effects of the wooden fibers. Figure 21 shows the
compression of the 400 mm high specimens with a
single- or a double-column reinforcement.

600
500
400

total loa

be casted into carvings in grain direction at the upper
side of the beam with high bending stress.
Besides the high compression resistance, the grout has a
good tension and shear resistance, too. Thus, columns
with a relatively high slenderness can be used to reduce
the impact on the timber. Moreover, the compression
resistance of the material rises for about 25 % inside the
timber because of the triaxial state of stress.
The situation of transferring a normal load through a
crossing beam was tested. Therefore, a glulam beam
with a height of 400 mm and a width of 200 mm was
drilled with one or two holes of 50 mm and filled with a
polymer concrete without additional reinforcement. The
load was transferred via a steel plate over an area of
200 x 200 mm, as it could be used under a post in an
usual construction. The maximum load at the single
column was about 374 kN. The deformation was very
small with 5 mm up to the malfunction. After the
maximum load was exceeded, the columns failed by
shear collapse. In the middle of the column, the angle of
friction forms a wedge and drifts the specimen. Both
parts slipped along the friction plane and the timber
chops off (Figure 20). Compared to the relatively short
specimen, the beams in real constructions are much
longer, and the effect of chopping occurs later at larger
deformations. Additionally, the polymer concrete
crushed through compression at the upper 10 mm
beneath the load impact.
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Figure 21 Load deflection diagram of compression test with
casted-in reinforcement columns perpendicular to
the grain

3 APPLICATION TESTS ON FRAMES
The main issue for a praxis use of casted-in connectors is
the connection between two construction elements of
timber, or, for instance, between a timber beam and a
steel column. The high load capacity for tension forces
in grain direction could be confirmed for the single
connectors. At frame constructions, there are more
complex conditions of forces in the area of the joint.
Besides the tension, we find compression and
perpendicular forces. To react to those, there is a need
for reinforcement, and a special design for the
connectors to reduce the side effects.
Tests at a joint of a bending beam with glued-in rods
with a length of 400 mm demonstrated a further special
side effect. The long rods are working as an internal
lever and enforce a lateral force, and, hence, a collapse.
To counter this, the embedding length, as well as the
rigidity of the connectors at all, needs to be reduced.
This can be managed through low-size rods and an
enlarged gap between the joint and the end of a bond line
to allow the yielding of the steel connectors and the
softening of the joint.
3.1.1 Test frame for large framework
For testing connections between the timber structure and
other construction elements, a test setting was designed
with a typical steel profile, as can be used for pillars. In
fact, in the test setting, the principal of the load bearing
is turned ahead. The steel column is fixed between the
ends of two timber beams with a cross-section of 400
x 600 mm. The timber is supported at its end, and the
column hangs in the middle of the construction. With
hydraulic jacks, the steel was loaded, so the connecting
forces to the timber are upside down compared to the
real use.
The area of connection is designed with a compression
block made of polymer grout, and a tension joint made
of casted in connectors. The compression block is a
carving into the end section of the beam, which is filled
with the polymer grout. At the area of tension, there are
steel connectors embedded with polymer grout in largesize drill holes. The bonding length is about 200 mm,
while a gap towards the steel frame exists. This means,
the hole was drilled 20 mm longer than the anchorage
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length is planned. The rods are casted-in, except for the
last 20 mm. The resulting gap between the end of the
casting and the end grain of the beam can be used for a
yield hinge at the steel rod. Shear reinforcement is
realized through fully threated screws, which are
embedded into polymer grout. These are mounted
perpendicular to the tensile connectors into oversized
drill holes. These holes also meet the holes of the tensile
connectors, and with the grout, both elements are
bounded. Additionally, there is a groove at the end grain
of the beam for a standard stirrup, which is casted in as
well for reinforcement.

there are bending or tension forces incurred, the task is a
bit more complex. Most solutions for those joints include
expensively welded steel elements. The casted-in
connectors are a more comfortable way. One single, or a
group of large diameter drill holes, filled with polymer
grout, can be used to transmit compression forces
through the crossing element. Additional steel or FRP
rods or other elements can be included and casted-in for
tensile forces.

Figure 23 Test setting as schematic diagram and specimen

Figure 22 Test setting for timber to steel frame

In a test setting with a short length of a timber beam, the
lateral forces are very high. This could happen at
industrial buildings with a high load of cantilever
elements. In an experiment with short span, a load
combination of a lateral force of 120 kN and a bending
moment of 180 kNm could be resisted. This signifies
that the resulting stress is twice as high as the estimated
resistance of timber for a biaxial load.
3.1.2 Timber frame
Timber is of increasing importance also for multi-story
buildings. Typical timber structures are designed as post
and lintel constructions, while the lintels are often
continuous beams. A solution of a joint with a pure
compression load was introduced in chapter Figure 18. If

This constellation was tested in a symmetric setting
made of two pieces of a beam with a piece of a pillar in
the middle. The beams are supported at their ends, and a
hydraulic jack brought the load to the pillar. This
induced a bending force in the system with reacting
tensile and compression forces at the joints.
Additionally, a setting with a centrically pre-stressed
tendon was tested. In case of a seismic load, this can
help to create more ductile constructions with a high
load-bearing capacity and safety. Wanninger and Frangi
[8] execute a similar test with hardwood glulam to
demonstrate the higher perpendicular resistance by using
ash wood for the area of load impact.
In current tests, the beams are made of spruce glulam. A
first test was done without reinforcement at the prestressed system (Figure 24, dashed graph “glulam”).

Figure 24 Load deflection diagram for the opening gap at a
prestressed system made of glulam with and
without casted-in reinforcement columns under
external load
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Subsequently, holes were drilled through the middle
pillar - perpendicular to the grain - and 200 mm deep
into the beams in the grain direction. They are filled with
polymer concrete as compression reinforcement (Figure
24, continuous graph “PC-column”). In the third version,
the joint was prepared with casted-in rods. These are
made of drill holes like before, filled with a polymer
concrete and embedded threaded rods (Figure 24, dotted
graph “casted-in connector”). This joint also works
without pre-stressing. The results for the test with a prestressed tendon are displayed in Figure 24 for the
deformation of the pillar perpendicular to the grain. Due
to the vertical load at the pillar and the support at the
beams’ end, a bending moment occurs and deforms the
joint at its upper area. In case of the casted-in columns,
with or without reinforcement, the deformation of the
timber is significantly reduced. Furthermore, the
deflection of the system was reduced with this system.
The casted-in connectors enable the design of a frame
joint with very low deformations and a high load
capacity. Even a frame with a bending load can be made
completely of normal glulam. Moreover, it is simple to
realize. While manufacturing the beams, the holes can be
drilled, and the connectors can be casted in with the
grout at the workshop as well as on side. The connectors
can be made of threaded rods or other usual systems, and
can be mounted easily on side. It also helps to equalize
tolerances, which is always a challenge in assembling
large constructions. For special purposes, the assembling
holes can be re-casted or they can be designed as
assembling and dismantling joints.

4 CONCLUSION
High-efficient
joints
for
high-loaded
timber
constructions are viable with a casting of filled polymer
grout and a reinforcement of drill holes or cut outs in the
timber. It is possible to design customized or
standardized joint solutions for a large variation of
purpose. These can be areas with a high compression
impact on the timber perpendicular to the grain, shear
forces or tensile connectors.
Thus, a special mineral-filled polymer grout is used to
embed a standard steel connector with an optional
design. This connector can be placed in a cut out inside
the timber and casted-in with the grout. The grout
surrounds the connector and realizes a rigid adhesive
bond to the timber. The bonding zone can be enlarged,
and the stress impact to the timber can be reduced with
this elements. The connectors and the additional
reinforcement can be casted-in during the prefabrication.
This enables assembling joints for large bending beams
or frame constructions with an easy assembling on side,
also between different materials.
The polymer grout realizes a rigid bond to the timber and
other materials and reaches its full stress resistance
within a couple of hours. Hence, it also can be used for
additional purposes as for equalizing tolerances, filling
gaps, or re-casting joints on site. Furthermore, it can be
used as a reinforcement for existing structures at points
with a high compression load or together with screws or
rod for shear or tensile reinforcement.
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IN-PLANE STIFFNESS OF CLT PANELS WITH AND WITHOUT OPENINGS
Md Shahnewaz1, Thomas Tannert2, M. Shahria Alam3, Marjan Popovski4
ABSTRACT: The research presented in this paper analysed the stiffness of Cross-Laminated-Timber (CLT) panels
under in-plane loading. Finite element analysis (FEA) of CLT walls was conducted. The wood lamellas were modelled
as an orthotropic elastic material, while the glue-line between lamellas were modelled using non-linear contact
elements. The FEA was verified with test results of CLT panels under in-plane loading and proved sufficiently accurate
in predicting the elastic stiffness of the CLT panels. A parametric study was performed to evaluate the change in
stiffness of CLT walls with and without openings. The variables for the parametric study were the wall thickness, the
aspect ratios of the walls, the size and shape of the openings, and the aspect ratios of the openings. Based on the results,
an analytical model was proposed to calculate the in-plane stiffness of CLT walls with openings more accurately than
previously available models from the literature.
KEYWORDS: Cross laminated timber, finite element, openings, in-plane stiffness.

1 INTRODUCTION 123
1.1 CROSS-LAMINATED TIMBER
Cross-laminated timber (CLT) is gaining popularity in
residential and non-residential applications in the North
American construction market. As an engineered wood
product categorized as “mass timber”, CLT provides
many benefits when compared to either light-fame wood
construction or concrete and steel construction. The
cross-lamination improves dimensional stability and
allows for prefabrication of long floor slabs and single
storey walls. The thermal insulation and a fairly good
behaviour in case of fire are added benefits resulting.
Furthermore, it is a clean product to work with resulting
in much less waste and dust produced on site [1].
CLT panels consist of several layers of wood boards
stacked crosswise and glued together. A CLT element
has usually an uneven number of layers of boards glued
orthogonally to form a solid panel. Such panels can then
be used for wall and floor assemblies. The pre-cut wall
and floor panels are assembled on the construction site
using various types of screws and steel connectors to
form the structural system. CLT buildings can be
constructed in several ways depending on how the loads
are transferred to the main lateral load resistant elements.
The most common CLT construction methods are: (a)

1

Research Assistant, UBC, md.shahnewaz@alumni.ubc.ca
Assistant Professor, UBC, thomas.tannert@ubc.ca
3
Associate Professor, UBC, shahria.alam@ubc.ca
4
Principal Scientist, FPInnovations, Vancouver,
marjan.popovski@fpinnovations.ca
2

platform type construction and (b) balloon type
construction [1].
1.2 IN PLANE STIFFNESS OF CLT PANELS
To design CLT shear walls, understanding of the
mechanical properties of CLT panels and the connectors
is needed. Several experimental and analytical studies
aimed to predict the properties of CLT panels loaded inplane. Blass and Fellmoser [2] developed a method for
the design of CLT panels under in-plane loading based
on the composite theory. The k-factors were proposed to
account for the strength and stiffness of CLT panels in
various directions, based on single layer properties. The
composition factor, ki is the ratio of the strength/stiffness
of the considered CLT cross-section to the strength/
stiffness of a fictitious homogeneous cross-section where
the grain direction of all layers is parallel to the direction
of the stress. The effective bending stiffness under inplane loading can be calculated using Equations 1 and 2:

Eeff  E0 . k3

(1)

 E  a  am-4  ....  a1
k3  1  1  90  m-2
E0 
am


(2)

where Eeff is the effective stiffness of CLT panel, E0 is
the stiffness of a homogeneous cross-section, k3 is the
stiffness ratio, and am is the thickness of m layers.
In 2006, Moosbrugger et al. [3] proposed a model based
on the regular periodic internal geometry of CLT wall
elements, considering uniform shear loading on the
boundaries. They defined the complex internal structure
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of CLT elements with a unit cell called Representative
Volume Element (RVE).
The RVE extends over the whole plate thickness and is
sub-divided into Representative Volume Sub-Elements
(RVSE). Total shear loading was decomposed into two
basic mechanisms: pure shear in a single board
(mechanism I), and torsional-like behaviour in the glue
interface between two boards (mechanism II). For both
mechanisms, Equations 3 and 4 were proposed as a
simplified analytical model.
Without board spacing:
G*
1
1


G G 1/ G 1 1/ G2  1  3  G / Geff  ti / a 2

(3)

With board spacing:
3
G* 1  (u / a) 1  2(G / GQ )   2(G / E )(u / a) 


G  3(G / G )(1  u / a) 2  t / a 2
eff
i



1

(4)

where, Geff = (G1+G2)/2; G* is the equivalent shear
modulus, G is the shear modulus parallel to the grain, ti/a
is the board thickness-to-width ratio and u/a is the boardspacing to board-width ratio.
Equations 3 and 4 depict that the equivalent shear
modulus of a CLT panel depends on the shear moduli
(parallel and perpendicular to the grain direction) and the
geometric aspect ratio of the panels (i.e., ti/a, u/a). Both
shear moduli and aspect ratio are main parameters that
affect in-plane behaviour of CLT panels. Finite element
analyses (FEA) were conducted in order to verify the
proposed analytical model. From the FEA, a practical
range of the thickness-to-width ratio of the CLT panels
was recommended.
Bogensperger et al. [4] carried out experiments on CLT
panels with a 3-point bending/shear test configuration
according to EN 384 [5]. The results were verified with
FEA. The effective shear modulus was calculated as
described in Equation 3 and a deviation of the shear
modulus of up to 26% was reported comparing tests
results and FEA. In addition, a discrepancy in stresses
and strains between an ideal CLT-structure and the test
configuration under shear load was observed.
Jobstl et al. [6] argued that the Common Understanding
of Assessment Procedure (CUAP) that uses 4-point
bending test to determine the in-plane shear strength of
CLT panels, does not lead to shear failure in most cases
and further investigated the in-plane behaviour of CLT
panels. Ninety CLT specimens consisting of 3-ply and 5ply were tested using CUAP test configuration. It was
observed that none of them failed in shear parallel to the
grain with few exceptions that failed in rolling shear.
Consequently, a new symmetric test configuration was
proposed and subsequently used for determining the
shear properties. Twenty specimens were tested with this

new configuration. All specimens failed in shear with
large deformations. The average shear strength was
found to be 12.8 MPa with a COV of 11.3%.
Bogensperger et al. [7] also performed FEA and further
verified the previous studies [3, 6]. They investigated the
effect of boundary conditions on the shear stiffness of
the CLT elements and introduced a correction factor to
calculate the shear modulus for 3-, 5- and 7-ply CLT
panels and accurately predicted effective shear stiffness.
Brandner et al. [8] investigated the influence of test
configuration and other parameters affecting the shear
strength of CLT panels loaded in- plane. They identified
three failure modes of CLT elements: a) mode I: “net
shear” - shear perpendicular to grain, b) mode II:
“torsion” and c) mode III: “gross shear” - shear parallel
to grain. However, their study only focused on the shear
resistance of CLT elements perpendicular to grain (mode
I). They proposed a new test configuration rotating the
test specimen by 14° from its original configuration, so
that the resultant loading and support remain in-plane.
The test setup and specimen configuration allow for only
one failure plane to develop compared to two shear
planes in the previous setup. A total of 150 specimens
were tested from Norway spruce of nominal strength
class C24. The study showed that core lamella thickness,
annual ring orientation, and width of the gap between the
boards significantly affect the shear strength of CLT.
Flaig and Blass [9] developed analytical equations for
shear strength and stiffness and verified them with test
results. Three different failure modes for the CLT beams
subjected to in-plane transverse loading were reported. a)
mode I: shear failure parallel to the grain in the gross
cross section of the beam; b) mode II: shear failure
perpendicular to the grain in the net cross section of the
beam; and c) mode III: shear failure within the crossing
areas between orthogonally bonded lamellae. The shear
strength properties and shear stress were verified based
on their test results, along with results from the
literature. It was observed that the effective shear
strength of CLT beams is strongly dependent on cross
sectional arrangement, thickness ratio of longitudinal
and transversal layers, and on the width of lamellae. The
proposed equations were successfully verified with tests
performed on prismatic beams, notched beams, and
beams with holes.
1.3 IN PLANE STIFFNESS OF CLT PANELS
WITH OPENINGS
Openings for doors and windows are very common in
the CLT walls. The areas around an opening experience
stress concentrations that can reduce in-plane stiffness
and load bearing capacity of the panel. In case of lightframe wood shear walls, often only the full wall
segments are taken into consideration when determining
the wall resistance. While this approach may be
appropriate for light-frame wood shear walls, it can lead
to significant underestimation of the stiffness and
resistance of CLT walls.
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Moosbrugger et al. [3] performed FEA to quantify the
stiffness of a CLT panel with a quadratic opening at the
centre and determined the reduced stiffness of the CLT
wall with opening by taking the ratio of the effective
wall area (Awall) to total area (Atotal) where, Awall =Atotal –
Aopening. The results overestimated the reduced stiffness
when compared to tests. Therefore, they proposed a
formula to calculate the reduced stiffness of the CLT
wall with an opening:
2.5
Gwall
6 b / B
e  
*
G

(5)

where, Gwall is the shear stiffness of the wall and G* is
the equivalent shear modulus for the panel, B is half of
wall width, and b is the half of the opening width.
Dujic et al. [10] experimentally investigated CLT wall
panels with different opening locations. Four cyclic tests
were performed and it was observed that for a wall with
an opening equal to 30% of the wall area, the strength of
the wall did not change. The stiffness, however, was
reduced by about 50%. A FEA study determined the
influence of the size and layout of openings on the
strength and the stiffness of CLT walls. Equation 6 was
proposed to calculate the reduced stiffness of the CLT
wall panels:
K opening  K full

r
2r

(6)

where Kopening is the stiffness of CLT walls with opening,
and r is the panel area ratio given in Equation 7:

r

H  Li

H  Li   Ai

(7)

where, H is the height of wall, ∑Li is the summation of
length of full height wall segments (excluding length of
openings from total length), and ∑Ai is the summation of
openings area.
Ashtari [11] investigated the in-plane stiffness of CLT
floor diaphragms using FEA. Models of four different
CLT floor diaphragm configurations with and without
opening were analyzed. A smeared panel-to-panel
connection model was developed by calibrating it with
results from Yawalata and Lam [12]. The applicability of
FEA was limited as these tests [12] were conducted with
a special connection using self-tapping screws. The FEA
was extended to a parametric study to identify the
parameters affecting the in-plane behaviour of CLT floor
diaphragms. It was observed that the CLT panel-to-panel
connections, the in-plane shear modulus of CLT panels,
the stiffness of shearwalls, and the floor diaphragm
configuration were the main parameters affecting the inplane behaviour of CLT floor diaphragm.

Pai [13] investigated the mechanism of force transfer
around openings in CLT shearwalls and reinforcement
requirements for the opening corners. Four different
models from literature calculating the transfer forces in
wood frame shearwalls were evaluated. Among them
Diekmann’s model [14] was found to be the most
suitable for CLT shearwalls with opening. FEA showed
no axial stress concentration around opening corners.
However, high shear stress concentrations were found
which indicated that there is a possibility of a shear
failure. Therefore, reinforcement around opening was
suggested. It should be noted that this conclusion from
FEA requires validation from experiments.

2 NUMERICAL AND ANALYTICAL
INVESTIGATION
2.1 Objective
Accurate quantification of the in-plane stiffness of CLT
shear-walls is required to design a CLT structure
subjected to lateral loads. Currently, no general approach
is available for the design of CLT-members loaded inplane and the strength and the stiffness properties
reported in technical approvals for verification of inplane stiffness of CLT walls vary significantly [9]. In
addition, there are no standards for determining the
stiffness and resistance of CLT shearwalls in the North
American material design standards [15, 16].
The objective of this research is to calculate the in-plane
stiffness of CLT walls with the consideration of: i) size,
shape, and location of the openings; and ii) wall aspect
ratio.
2.2 MODEL DEVELOPMENT
A 3D FEA model was developed in ANSYS (Figure 1).
The CLT panel was modelled using 20-node solid
elements (SOLID186) where each node has three
degrees of freedom. Elastic material properties were
assigned in each orthogonal direction of the lamella as
provided by the manufacturers’ specifications. The glueline between lamellas was modelled using contact
elements (Conta_174 and Targe_170). A high frictional
co-efficient of 1.0 for the glue-line was used since the
glue-line was found very stiff from the test results. The
connection between the CLT wall and floor was
modelled using linear spring elements (COMBIN14)
with the stiffness properties for the connections were
taken from previous research [18].
2.3 FEA VALIDATION
Two sets of experiments were used for model validation.
The first set consisted of four point bending tests on CLT
panels at FPInnovations, Quebec, Canada. Three series
of CLT panels (2 replicates of each type) were tested
with a span length of 3.5m, 5.9m, and 8.4m, as shown in
Figure 2. The specimens were 1.2m high and laterally
supported. The 5-ply boards with a thickness of 175mm
were from Canadian S-P-F and manufactured at
NORDIC. The panels had density of 515kg/m3 with a
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stress grade of E1: L 1950Fb and T No. 3/stud. The
deformation under quasi-static monotonic loading was
measured at mid span by LVDT which allowed
calculating the in-plane stiffness.
The second set of tests consisted of quasi-static
monotonic tests on CLT walls at FPInnovations,
Vancouver, Canada [17]. The CLT panels were 3-ply
with 2.3m x 2.3m panel size and thickness of 94mm
made of European spruce. Several types of connectors
(hold-downs and steel brackets) and fasteners (annular
ring nails, spiral nails, screws, and timber rivets) were
used for the connections [17].

The FEA was validated using the elastic part of load- as
seen in Figure 3, the elastic part of the load-deflection
curves matched closely to the test results. The FEA
appropriately capture the elastic part of the CLT beam
load-deflection curves as they undergo little non-linear
deformation compared to the CLT walls.

Figure 3: Experimental vs FE load-deflection curves

2.4 CLT WALLS WITH OPENING
A parametric study was performed with the variation of
the wall aspect ratios, and the size, shape and location of
openings.
Figure 1: FE models of CLT beam (top) and wall (bottom)

2.4.1 Effect of opening size
The stiffness reduction of CLT walls with different
number, size, shape and location of the opening was
investigated. Typical openings, like a window and a door
as shown in Figure 4, were considered.

Figure 2: Test configurations: CLT beam (top); wall (bottom)

Figure 4: Typical openings in CLT Walls
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A maximum of 50% of the total wall area was removed
in the FEA. It was found that with a removal of half of
the wall area, the stiffness of the wall reduced more than
70% (stiffness reduced up to 73% as shown in Figure 5).
As Figure 5 illustrates, the stiffness reduction has a nonlinear relationship to wall area reduction.

Figure 5: Wall normalized stiffness vs. percentage reduction in
wall area

An analytical model to calculate the in-plane stiffness of
CLT walls with openings was proposed based on the
parameters that affect the stiffness as shown in Figure 6
(Equation 8). From FEA, it was found that the ratio of
opening to wall area, Ao/Aw, the aspect ratio of opening,
ro, and the aspect ratio of opening to wall, ro/w affect
reduction in wall area (Figure 6), where parameter, Ao/Aw
showed a linear relationship and parameters, ro, and ro/w
showed a non-linear relationship with the wall stiffness.
Therefore, these parameters are considered in the
proposed model:

K opening  K full



A
ro / w  o  

Aw 

1 



Ao


ro / w  ro 


A
w 



(8)

where, Kopening and Kfull is the stiffness of walls with and
without opening, respectively; Ao and Aw is the area of
walls with and without opening, respectively; ro is the
aspect ratio of opening (smaller to larger dimension);
and ro/w is the maximum aspect ratio of opening to wall
dimension (max of lo/L or ho/H, where, L and H is the
wall length and height, respectively, and lo and ho is the
opening length and height, respectively). The equation
was more accurate in predicting stiffness of CLT walls
with openings when compared to a previously proposed
model by Dujic et al. [10], as shown in Figure 7. The
average ratio of the wall stiffness to the predicted
stiffness (as in Equation 8) was found close to 1.0. On
the other hand, the previous proposed model from Dujic
et al. [10] was found highly conservative with average
wall stiffness to the predicted stiffness ratio was
observed as 1.5.

Figure 6: Effect of different parameters on the wall stiffness:
normalized stiffness vs (a) Ao/Aw, (b) ro(Ao/Aw), and (c) ro/w
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where, Kopening and Kfull is the stiffness of walls with and
without opening, respectively; Ao and Aw is the area of
walls with and without opening, respectively; ro is the
aspect ratio of opening (smaller to larger dimension); ro/w
is the maximum aspect ratio of opening to wall
dimension (max of lo/L or ho/H); rw is the wall aspect
ratio (L/H); and roff is the ratio of wall offset to wall
dimension (x1/L or y1/H). Both bending and shear
deformation contribute to the total CLT wall stiffness
without openings, therefore, Kfull can be calculated as:
1
1
1


K full Kb K s

(11)

where, Kb and Ks is the bending and shear stiffness of
CLT walls without opening.

Figure 7: FEA vs. calculated stiffness of CLT walls from this
study compared to previous studies.

2.4.2 Effect of opening-to-wall height ratio
In case of ratios ho/H >0.8, the reduction in wall stiffness
was found higher. Therefore, Equation 8 was adjusted
for further reduction in stiffness:

K opening  K full


A
  ( r 1) 
 ro / w  o A  e w 
w

1 



Ao


ro / w  ro 


A
w 



(9)

0 if ho / H  0.8
1 if ho / H  0.8

 

Figure 8: Effect of opening offset on CLT wall stiffness

where Kopening and Kfull are the stiffness of walls with and
without opening, respectively; Ao and Aw are the area of
walls with and without opening, respectively; ro is the
opening aspect ratio; ro/w is the maximum aspect ratio of
opening to wall dimension (max of lo/L or ho/H); and rw
is the wall aspect ratio (L/H).
2.4.3 Effect of opening offset
The offset of the opening from the centre of the panel
further reduced wall stiffness up to 30% (see Figure 8).
Therefore, to account the opening offset, roff, which is the
ratio of wall offset to wall dimension (x1/L or y1/H), a
modified equation was proposed:

K opening  K full
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ro / w  o



A
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1 
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ro / w  ro 
  2  roff rw  
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(10)

2.5 WALLS WITH VARIOUS ASPECT RATIOS
The effect of panel aspect ratios (L vs. H) on the in-plane
stiffness was also investigated. An aspect ratio of 0.33 to
2.0 was considered in the present analysis. It was
observed that the in-plane stiffness increased linearly
with the increase in aspect ratio (Figure 9).
With the increase in wall aspect ratio up to 100% the
stiffness of CLT wall increased up to 160%. It should be
noted that the stiffness of the rectangular wall was
calculated with respect to the square wall (as shown in
Figure 9). The stiffness of a rectangular wall can be
calculated as in Equation 12:
 L  2 
1  L  
K rectangular  Ksquare   1.31     
3  H   
 H  

(12)

where, Krectangular and Ksquare is the stiffness of rectangular
and square walls, respectively; L and H is the wall length
and height, respectively.
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RESPONSE OF CLT SHEAR WALLS UNDER CYCLIC LOADS
Christian Málaga-Chuquitaype1, Jonathan Skinner2, Alan Dowdall3, Juliet
Kernohan4
ABSTRACT: This paper presents an experimental study into the lateral response of cross-laminated-timber (CLT)
shear walls under cyclic loads with particular attention to the distribution of forces between the panel-to-floor
connections. Six tests on full-scale specimens of different geometric characteristics and connection configurations are
presented. The test set-up and wall configurations are described and a detailed account of the experimental results and
observations is presented. The paper examines key response features including stiffness, strength, energy dissipation
and ductility. Especial attention is given to an accurate measurement of the load sharing between different brackets and
its evolution throughout the cyclic action. The results reported offer valuable information on the lateral forcedisplacement response of CLT walls and the applicability of widely employed design assumptions.
KEYWORDS: CLT, cyclic load, load redistribution, ultimate response, timber design

1 INTRODUCTION 123
Increasing urbanisation and the need for low-carbon
building solutions has driven the recent growth in tall
timber structures. However, one of the factors hindering
the design of taller CLT structures is the need to
accommodate large lateral forces arising from extreme
actions such as strong winds or earthquakes. Although
some research has been directed towards the
characterization of their local and global response under
these extreme loading conditions [1], the actual
mechanisms of stress transfer and load-redistribution
within CLT panels at different deformation levels is still
a matter of further research [2]. This lack of
understanding is reflected in the absence of adequate
codified guidance regarding the seismic design and
assessment of CLT buildings [3].
Due to the inherent low density of timber, CLT multistorey structures are lightweight and large uplift forces
have to be resisted using holding-down connections. As
a consequence of detailed design guidance, connections
in CLT panels are often designed on the assumption that
at the ultimate limit state, when subjected to extreme
lateral loads such as strong ground-motion or winds, a
linear elastic stress distribution occurs beneath the walls.
This is despite the documented plastic behaviour that can
be developed in modern timber connections. This plastic
1
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behaviour would allow a significantly favourable redistribution of loads to occur. Similarly, the concurrent
effects of slippage, crushing, etc. on the shear load redistribution and stress concentration around the
connections are unknown.
In order to understand the global response of CLT panels
and connectors, Dujic and Zarnic [4] carried out quasistatic tests on wall panels and connections under
different attachment conditions and opening sizes.
Similarly, Popovski et al. [5] performed a series of
experiments on the in-plane response of CLT under
various
boundary
conditions
and
geometric
configurations. These tests were complemented with a
bi-axial monotonic test on a large scale 2-storey building
specimen [6] and with subsequent comparative analytical
studies on the determination of the lateral strength of
CLT panels [2]. The authors concluded that methods
which accounted for the sliding-uplift interaction in the
connectors proved to give more consistent results
compared with current design approaches that do not
take into consideration the uplift resistance of brackets.
This paper presents and discusses the results of a series
of cyclic tests performed in order to characterize the
lateral response of CLT panels when subjected to various
levels of deformation demands. A total of six full-scale
specimens with different height to length ratios and
varying distribution of connectors at the base including
shear brackets and hold-downs were examined. A
detailed description of the arrangement used for the fullscale tests as well as the wall specimens is provided and
the main experimental results are discussed. This study
constitutes the first step towards the provision of
improved methods for analysing the stability of CLT
shear walls. General trends in their behaviour and load
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distribution within CLT panels are identified and their
implications on design practice are briefly discussed.

2 EXPERIMENTAL METHOD
2.1 TESTING ARRANGEMENT
Figure 1 depicts a schematic representation of the test
set-up as well as a view of a CLT specimen during
testing. A hydraulic actuator operating in displacement
control was employed to apply lateral deformations to
the specimen through a couple of steel stoppers located
at each top end of the CLT panel at a height of 1800 mm
from its base. A loading beam formed of a steel
U125x65x15 section was employed as depicted in Figure
1. The CLT panels were fixed at their base to a 200x10
SHS by means of shear brackets and hold-downs on both
sides nailed to the CLT panel and bolted to the rig.
Out-of-plane deformations were continuously monitored
and found negligible. Nominal vertical loads were
continuously applied to the wall by means of a system of
RHS 100x50x8 cantilevers. Load cells were placed
between them and the loading beam to monitor the
vertical loads applied. The vertical loads applied were
equivalent to 5 and 20 kN/m and were continuously
monitored during the test.

displacements and the corresponding forces. Additional
displacement transducers were employed to measure the
horizontal displacements at the top and bottom of the
CLT panel. Similarly, string-potentiometers installed at
selected locations were used to measure the vertical slip
between steel connectors and panels. Importantly, a
purpose-built bi-axial load cell box was designed and
installed at selected connectors to monitor the evolution
of shear and uplift forces as depicted in Figure 2. This
box incorporated two load cells aligned orthogonal to
each other and attached to the testing rig on one end and
to a steel roller in the other that served the purpose of
decomposing the force in purely horizontal and vertical
component. The roller was attached to the CLT
connectors by means of a steel plate while PTF was
employed in the interfaces to prevent friction in case
contact developed although it should be noted that
contact was seldom observed.

Figure 2: Bi-axial load cell box

All tests were conducted under displacement-control. A
cyclic testing protocol, based on the EN12512 protocol
[7] was used as shown in Figure 3. In this figure, V and
Vy represent the applied displacement and the estimated
yield displacement, respectively.
a)

Figure 3: Cyclic displacement protocol employed [7]

2.2 SPECIMENS
b)
Figure 1: Experimental set-up a) schematic view and b)
general view

The load cell and displacement transducer incorporated
within the actuator were used to record the panel lateral

A total of six tests on full-scale walls were performed.
Different height to length aspect ratios ranging from 1:1
to 1:1.8 were studied as well as different distribution of
connectors with and without hold-downs. 3-layered 90mm thick CLT panels were employed (30/30/30). A
summary of the test series is given in Table 1, which
includes the number and type of connectors employed as
well as the level of vertical load applied.
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Table 1: Summary of test programme

Specimen

P1-SB-1.8
P2-SB-1.8

P3-SB-2.5

P4-HD-2.5

P5-SB-3.2
P6-HD-3.2

Brackets configuration
/ per panel face
(connector
nomenclature)
5 WB100 brackets
(C1 – C5)

Vertical load
[kN/m]
3.3

5 WB100 brackets
(C1 – C5)

12

5 WB100 brackets
(C1 – C5)

15

5 WB100 brackets
(C2 – C4) + 2
WHT340 hold-downs
(C1,C5)
6 WB100 brackets
(C1-C6)
4 WB100 brackets
(C2-C5)+ 2 WHT340
hold-downs (C1,C6)

a)

15

12.5
12.5

Figure 4 presents the panel configurations employed.
Specimens P1-SB-1.8 and P2-SB-1.8 had the same
configuration of 1.8x1.8 m CLT panel with five WB100
shear connectors per face. The only parameter altered
between them was the level of axial load applied which
was 3.3 kN/m in the case of P1-SB-1.8 and 12 kN/m in
the case of P2-SB-1.8. Analogously, Specimens P3-SB2.5 and P4-HD-2.5 employed panels of equal geometry
(1.8x2.5 m) while WB100 shear connectors were used at
the extremes of the panel in the case of P3-SB-2.5 and
WHT340 hold-downs were employed at the extremes in
Specimen P4-HD-2.5. Similarly, the only parameter
changed between specimens P5-SB-3.2 and P6-HD-3.2
was the type of connector employed at the extremes of
the panel which changed from shear brackets (WB100)
in P5-SB-3.2 to hold-downs (WHT340) in P6-HD-3.2
while the vertical load was kept constant at around 12.5
kN/m in both cases.

3 CLT PANEL RESPONSE
Table 2 summarizes the main response parameters
obtained from the tests in terms of stiffness, maximum
attained lateral force and drift at failure. All values
reported correspond to the force-drift envelope of the
hysteretic loops. The initial stiffness reported represents
the tangent stiffness. Similarly, the conventional failure
definition as a stage when the 20% reduction in peak
force is attained is assumed herein. Also, Figure 5
presents typical failure mechanisms observed while
Figure 6 presents the envelope of the hysteresis curves
for all specimens tested.

b)

c)

d)

e)
Figure 4: Specimen configuration. Red connectors indicate
instrumented locations. a) P1-SB-1.8 and P2-SB-1.8, b) P3-SB2.5, c) P4-HD-2.5, d) P5-SB-3.2, e) P6-HD-3.2
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Table 2: Summary of test results

Specimen

Stiffness

Maximum
force

[N/m]

Drift at failure
[%]

[kN]

P1-SB-1.8

4.1

69.6

5.5

P2-SB-1.8

5.7

95.2

4.9

P3-SB-2.5

11.3

129.2

4.2

P4-HD-2.5

13.3

174.5

4.6

P5-SB-3.2

16.7

161.8

3.5

P6-HD-3.2

17.6

194.2

3.2

a)

b)

c)

d)

Force Actuator [kN]

Figure 5: Connection failures observed. a) P1-SB-1.8, b)P2SB-1.8, c) P3-SB-2.5, d) P4-HD-2.5
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Figure 6: Envelopes of force-drift hysteresis
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A wide range of failure mechanisms was observed as
depicted in Figure 5. These included timber block shear
failure plank fracture of the CLT board and low-cycle
fatigue in the steel connectors. In general, the nails
started to accumulate perceptible plastic deformations at
drifts as low as 0.2%.
The effects of the vertical load can be evaluated with
reference to the response of specimens P1-SB-1.8 and
P2-SB-1.8 where the vertical load was varied from 3.3
kN/m in the former to 12 kN/m in the later with all other
parameters remained unaltered. It can be seen from the
results presented in Figure 6 and Table 2 that the initial
stiffness of the walls is sensitive to the level of axial
action imposed on the panels where a 3.6-fold increase
in the vertical load lead to a 39% increase in the initial
stiffness of the CLT wall. The effects of the vertical load
are also noticeable in the post-elastic and ultimate
responses of the panels. In this case a peak load increase
of nearly 37% was observed for the same increment of
vertical actions. Importantly, the wall with higher
vertical forces (P2-SB-1.8) experience a 10% ductility
reduction of attributed to the larger shear forces acting
on the connectors in comparison with the less loaded
specimen (P1-SB-1.8).
The effects of replacing the WB100 shear connectors
located at both extremes of the panel with WHT340
hold-downs can be analysed by comparing the responses
of walls P3-SB-2.5 and P4-HD-2.5 as well as P5-SB-3.2
and P6-HD-3.2 for 2.5 and 3.2 m long CLT panels,
respectively. As expected, a higher stiffness and capacity
is achieved by incorporating the hold-down connectors
due to their higher vertical resistance. Nevertheless the
increments are higher for the shorter panels than for the
longer ones. When 2.5 m long CLT walls were
considered an 18% increase in stiffness was achieved
while only a 6% improvement was noticed for 3.2 long
panels. These trends continue into the nonlinear range
with a 30% over a 20% increase in peak loads achieved
for shorter (2.5 m) and longer (3.2 m) walls. These
differences are explained by the relative enhancements
in stiffness and strength provided by a single connector
unit in comparison with the overall higher rocking
capacity of the longer CLT walls brought about by a
more spaced distribution of connectors (i.e. despite the
fact that the same number of connectors was used in both
2.5 and 3.2 m walls)
In general, the CLT panels examined in this study
exhibited good levels of ductility and energy dissipation.
An assessment of the energy dissipation in all specimens
is presented in Figure 7. The curves depict the
cumulative dissipated energy against cumulative
displacement. The rates of energy dissipated per unit of
cumulative displacement ranged between 6 kJ/m and 30
kJ/m. As expected, there is a direct relationship between
the capacity of the specimen and its energy dissipation
capabilities. Therefore, specimens P1 and P3 exhibited
comparatively high levels of energy dissipation with
dissipation rates of the order of 1.6 and 2.5 times those
observed for specimens P4 and P5, respectively.
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WHT340 hold-down in Figure 12 (Specimen P4-HD2.5). The load sharing contribution as a percentage of the
total lateral instantaneous load is depicted in terms of its
change with cumulative displacement.
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Figure 8: Force-drift hysteresis of Specimen P3-SB-2.5
200

Force Actuator [kN]

150
100
50
-5

-3

-1

0

1

-50

3

5

-100
-150
-200
Drift [%]

Figure 9: Force-drift hysteresis of Specimen P4-HD-2.5
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The evolution of shear forces in connectors C1 to C4
(see Figure 4) is presented in Figures 11 and 12 for
specimen P3-SB-2.5 and P4-HD-2.5, respectively. Both
specimens have the same geometric configuration and
level of vertical loads. Nevertheless, it is important to
note that connector C1 corresponds to a WB100 shear
connector in Figure 11 (Specimens P3-SB-2.5) and to a

3

-100

4 CLT CONNECTORS RESPONSE
Figure 10 presents typical uplift and shear forcedisplacement curves for internal connectors on a 1:1
specimen (P1-SB-1.8). It can be appreciated from this
figure that the levels of vertical force developed in the
shear connectors are important and comparable for
tension and compression. Interestingly more stable
hysteresis is attained in the vertical direction than in the
horizontal one for the WB100 shear connectors
employed with significant pinching experienced in the
horizontal direction.

1

-50

Figure 7: Cumulative dissipated energy

Figures 8 and 9 present the hysteretic lateral force-drift
curves obtained for specimens P3-SB-2.5 and P4-HD2.5, respectively, as an example. It is clear from this
figure that the tested wall specimens exhibited a stable
hysteretic behaviour under low to moderate cyclic
demands with a clear transition between elastic and
inelastic response. First signs of yielding appeared at a
drift of around 0.1%, while significant damage to the
connectors started to accumulate at drifts of 3%. As the
displacement demands increased, residual deformations
were developed in all specimens due to increasing plastic
deformation and damage in the nails and connectors.
This in turn led to flattening of the shape of the
hysteresis loops during the reversal of loading (i.e.
pinching) as described before. Pinching is slightly more
noticeable for Specimen P4-HD-2.5 (with hold-downs)
in comparison with Specimen P3-SB-2.5 due to the less
ductile response of the hold-down connectors. In
addition, and as can also be appreciated from Figure 6,
the hysteretic response of all tested CLT walls features a
post-capping negative stiffness that onsets at different
displacement levels depending on the specimen under
consideration and that marks a rapid reduction in the
wall load-carrying capacity.
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Figure 10: Internal connector force-displacement
relationships. a) Up-lift and b) Shear in Connector C2 of
Specimen P1-SB-1.8.
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Figure 11: Evolution of shear forces in connectors in
Specimen P3-SB-2.5
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Figure 12: Evolution of shear forces in connectors in
Specimen P4-HD-2.5

Finally, Figure 13 summarizes the observed strength of
WB100 shear brackets normalized against the design
shear (Ru) and uplift (Uu) forces [8]. A mean shear over
strength of 35% was observed which is largely

responsible for the difference between the peak force
achieved during testing and the nominal design shear
resistance of the walls, which in the case of Specimen
P3-SB-2.5 were 129 and 89 kN, respectively.
Normalized uplift resistance (U/Uu)

In the case of Specimen P3-SB-2.5, the range of load
contribution could reach values as high as 30% for shear
bracket C4, although it is important to note that these
periods of high local demand correspond to periods of
low global forces in the panel. Also worthy of note is the
fact that despite the periods of large load variation, the
percentage load sharing oscillated around relatively
constant values with connector C4 taking the largest
share of all and connector C1 (extreme) starting with a
10% load sharing contribution that decreases to around
5% once significant nail deformation takes place in the
connector at around 0.2 m of cumulative displacement. It
is also interesting to note, with reference to Figure 11
that two behavioural stages are clearly identifiable with a
first stage occurring before the attainment of 0.7 m of
cumulative displacement characterized by a more stable
load distribution. For larger displacements (over 0.7 m
coinciding the total failure of one of the connectors in
the opposite direction), significant variations in the load
sharing are observed. A similar response is observed in
Figure 12 for Specimens P4-HD-2.5 albeit the smoother
variations in load sharing. More importantly, the holddown (connector C1) contributes around 5% of the total
lateral shear resistance of the panel.
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Figure 13: Normalized resistance of shear brackets in 2.5 long
walls (Specimens P3-SB-2.5 and P4-HD-2.5)

5 CONCLUSIONS
This paper examines the in-plane behaviour of CLT
shear walls of different aspect ratios and connector
configurations. The results of six cyclic tests are
described and discussed in detail. The experiments
enabled a direct assessment of the force distribution
among different connectors in the nonlinear range and
provide essential information for the provision of
simplified design considerations. The following
conclusions can be offered:
- All CLT walls tested exhibited stable hysteretic
responses under low to moderate cyclic
demands with a clear transition between elastic
and inelastic response.
- The initial stiffness of the walls is influenced by
the level of axial action imposed on the panels.
A 3.6-fold increase in the vertical load lead to a
39% increase in the initial stiffness of the CLT
wall.
- The effects of the vertical loads are also
noticeable in the post-elastic and ultimate
responses of CLT walls. A peak load increase
of nearly 37% was observed for the same
increment of vertical actions.
- Higher vertical forces may also lead to
reductions in the wall drift ductility. A 10%
ductility reduction was observed in this study
which is attributed to the larger shear forces
acting on the connectors in comparison with the
less loaded scenarios.
- The incorporation of the hold-down connectors
at the extremes of the CLT panel lead to higher
stiffness and capacity but those improvements
were less evident for longer panels.
- Despite the large load variation in the
connectors associated with their cyclic
response, the percentage load sharing oscillated
around relatively constant values with two
clearly distinguishable behavioural stages
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before and after the attainment of 0.7 m of
cumulative displacement.
Each hold-down connector installed at the
extremes of the CLT panel can contribute
around 5% of the total lateral shear resistance of
the panel.
A mean shear over strength of 35% was
observed for the WB100 brackets employed in
te 2.5 m long walls. This levels of over strength
are the main cause of the difference between the
peak force achieved during testing and the
nominal design shear resistance of the walls.

ACKNOWLEDGEMENT

The financial support of the IStructE through its
Research Award is gratefully acknowledged. The
authors would also like to thank Mr R. Millward from
Imperial’s Structures Laboratory for his assistance with
the experimental work and B&K Structures and
Rothoblaas for their support in the provision of
materials.

REFERENCES

[1] Tomasi, R. and Smith, I. (2015). Experimental
characterization of monotonic and cyclic loading
responses of CLT panel-to-foundation angle bracket
connections. J. Mater. Civ. Eng., 27(6), 04014189
[2] Gavric, I. and Popovski, M. (2014). Design models
for CLT shearwalls and assemblies based on
connection properties. INTER 2014, Bath, UK.
[3] CEN (2003). Design of Structures for earthquake
resistance, part 1. Eurocode 8, Brussels, Belgium.
[4] Dujic, B. and Zarnic, R. (2005). Report on the
evaluation of racking strength of KLH system.
Faculty of Civil and Geodetic Engineering,
University of Ljubljana, Slovenia.
[5] Popovski, M., Schneider, J. and Schweinsteiger, M.
(2010). Lateral load resistance of cross-laminated
wood panels. Proceedings of the 11th World
Conference on Timber Engineering WCTE 2010,
Riva del Garda, Italy.
[6] Popovski, M., Gavric, I. and Schneider, J. (2014).
Performance of two-story CLT house subjected to
lateral loads. Proceedigs of the 12th World
Conference on Timber Engineering WCTR 2014,
Quebec, Canada.
[7] CEN EN12512, Timber structures – Test methods –
Cyclic testing of joints made with mechanical
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FULL SCALE SHAKE TABLE TESTS ON FIVE STORY AND THREE
STORY CLT BUILDING STRUCTURES
Naohito Kawai1, Tatsuya Miyake2, Motoi Yasumura3, Hiroshi Isoda4, Mikio Koshihara5,
Shiro Nakajima6, Yasuhiro Araki7, Takafumi Nakagawa8, Motoshi Sato9
ABSTRACT: The national research project to investigate proper structural design method for CLT (Cross Laminated
Timber) buildings has been advanced by the subsidy of the Ministry of Land, Infrastructure, Transport and Tourism of
Japan since 2011. This paper provides the outline of shake table tests executed as a part of the project in February 2015.
Two specimens, one (Specimen A) is five story and another (Specimen B) is three story, were tested. As the result, for
both specimens damage was rather slight by the strong input wave according to the Building Standard Law of Japan.
Finally, Specimen A survived three dimensional input wave of 100% of JMA Kobe (strong ground motion recorded
during Kobe Earthquake in 1995), and Specimen B survived 140% of JMA Kobe.
KEYWORDS: CLT panel, Seismic performance, Strong ground motion

1 INTRODUCTION 123

2 SPECIMENS

CLT (Cross Laminated Timber) is regarded as the
material suitable for middle rise buildings, and the
construction case of CLT building has increased also in
Japan. The product standard of CLT in Japan, JAS
(Japan Agricultural Standard) standard was provided in
2013, and the national research project to investigate
proper structural design method for CLT buildings has
been advanced by the subsidy of MLIT (Ministry of
Land, Infrastructure, Transport and Tourism) of Japan
since 2011.
This paper provides the outline of shake table tests
executed to discuss the seismic performance and obtain
the basic data to investigate structural design method of
CLT building structures as a part of the project in
February 2015 [1].

Two specimens were tested, one (Specimen A) is five
story and another (Specimen B) is three story. Figure 1
shows the whole view of Specimens A and B. Both are
modelled assuming condominium house.
By preceding research in the project [2], there can be
two types of CLT building structure systems, one is the
assembly of narrow size panels and another is using
large size panels with opening(s). The former is suitable
to middle rise building as it reveals ductile behaviour,
and the latter is better for low rise buildings as it has
high capacity but is brittle. Therefore, Specimen A is
designed using assembly system and Specimen B using
large size panels in vertical walls. The species of CLT
panels is Japanese cedar. As the surface bonding of the
lamella, water polymer isocyanate adhesive is used.
The design weight of each floor was calculated in
consideration of dead load and live load, and the steel
weights were put on the floor panels, so that the amount
of the examination weight might reach these values.
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a) Specimen A

b) Specimen B

Figure 1: Whole view of Specimens A and B
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Table 1: Outline and joint details of Specimen A

2.1 SPECIMEN A
Figure 2 shows the plan and elevation of Specimen A.
Vertical walls are composed of narrow size panels, and
the width of each wall panel is 1000 mm to 2000 mm.
Table 1 shows the outline of Specimen A including joint
details, and Figure 3 shows the photographs of joint
details. CLT panels for walls are five layered 150mm
thick panels, and for floor panels are six layered 180mm
thick panels. At the joints between walls, bolts are used
against tensile forces and shear plates with screws are
used against shear forces.

Number of story
Total floor area
Height
Size of plane
Wall panel
Floor panel

Tensile joint
between wall panels
(and foundation)
Shear joint between
wall panels,
Tensile joints
between floor panels
Shear joint between
floor panels

5
471.0 m2
14.5 m
6.0 m × 16.0 m
Thickness 150 mm
5 layered 5 ply
Mx60A class lamina
Thickness 210 mm
7 layered 7 ply
Mx60A class lamina
Tensile bolt (see Fig. 3)
Vertical direction:
Bottom of 1st story: M24 (ABR490)
Others: M24 (strength class 10.9)
Horizontal direction:
M16 (strength class 8.8)
Steel plate with screws (see Fig. 3)
Steel plate: thickness 4.5 mm (SS400)
Screw: STS-65C (length 65 mm,
diameter of shank 5.5 mm)
Plywood spline joining (see Fig. 3)
Plywood: thickness 28 mm
Screw: HBS8-140 (length 140 mm,
diameter of shank 5.8 mm)

Coordinate system
of shake table

a) Tensile and shear joints at the bottom of 1st story

a) Floor plan (second to fifth floors)

b) Tensile and shear joints between wall panels

Plywood spline

c) Tensile and shear joints between floor panels
b) Elevation (X1 side)
Figure 2: Plan and elevation of Specimen A (unit: mm)

: Tensile joint of wall
: Shear joint of wall
: Tensile joint of floor
Figure 3: Details of joints in Specimen A

WCTE 2016 e-book | 3798

Table 2: Outline and joint details of Specimen B

2.2 SPECIMEN B
Figure 4 shows the plan and elevation of Specimen B.
The width of each wall panel is 5000 mm to 6000 mm.
CLT panels for walls are three layered 90mm thick
panels, and for floor panels are six layered 180mm thick
panels. At the joints between walls and between walls
and foundation, steel plates with screws are used against
tensile force and shear force. CLT wall panels are only
used as outside walls, and inside of the specimen on each
floor, glulam frames are used on the lines Y1 and Y2 in
Figure 3 a) Floor plan only to support vertical load as
shown in Figure 5. Table 2 shows the outline of
Specimen B including joint details, and Figure 6 shows
the photographs of joint details.

Number of story
Total floor area
Height
Size of plane
Wall panel
Floor panel

Tensile joint
between wall panels
(and foundation)
Shear joint between
wall panels,
Tensile joints
between floor panels
Shear joint between
floor panels

3
180.0 m2
8.7 m
6.0 m × 10.0 m
Thickness 90 mm
3 layered 3 ply
S60A class lamina
Thickness 210 mm
7 layered 7 ply
Mx60A class lamina
Steel plate with screws (see Fig. 5)
Steel plate: Thickness 4.5 mm (SS400)
Screws: STS-65C
Bolt:
Bottom of 1st story: M24 (ABR490)
Others: M24 (strength class 10.9)
Steel plate with screws (see Fig. 5)
Steel plate: thickness 4.5 mm (SS400)
Screw: STS-65C (length 65 mm,
diameter of shank 5.5 mm)
Plywood spline joining (see Fig. 5)
Plywood: thickness 28 mm
Screw: HBS8-140 (length 140 mm,
diameter of shank 5.8 mm)

Coordinate system
of shake table

a) Floor plan (second and third floors)
a) Tensile joints at the bottom of 1st story

b) Tensile and shear joints between wall panels
b) Elevation (X1 side)
Figure 4: Plan and elevation of Specimen B (unit: mm)

Plywood spline

c) Tensile and shear joints between floor panels
: Tensile joint of wall
: Shear joint of wall
: Tensile joint of floor
Figure 5: Photograph of glulam frames inside of Specimen B

Figure 6: Details of joints in Specimen B
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2.3 WEIGHT OF EACH SPECIMEN

BSL
Sa (cm/s2), h=10%

Steel weights were put on the floor panels, so that the
amount of the examination weight might reach the
design weight. Table 3 shows the calculated values of
the weight of each floor considering the dead load of the
specimens and the steel weights.
Table 2: Weight of each story (unit: kN)

5
4
3
2
1

A
311
623
623
623
661

Specimen

Sd (cm), h=10%

B
196
312
312

JMA Kobe
Sa (cm/s2), h=10%

Story

3 INPUT WAVES

Acc. (cm/s2)

As the input waves of strong ground motion, an artificial
wave which was produced to suite the response spectrum
on the ground type 2 provided under the Building
Standard Law of Japan (BSL), and the recorded strong
ground motion during Kobe earthquake in 1995 (JMA
Kobe) were used. Figure 7 shows the time history of
acceleration and Figure 8 shows the Sa-Sd curve
(relationships of response spectrums of acceleration and
displacement) of the input waves BSL and JMA Kobe.
For specimen A, BSL20% and BSL100% were applied
respectively in X direction and Y direction and JMA
Kobe100% was applied as the three dimensional wave so
that the component of larger acceleration (NS
component) is applied to long span direction. For
Specimen B, BSL18% and BSL90% were applied
respectively in X direction and Y direction and JMA
Kobe100% and JMA Kobe140% were applied so that the
NS component is applied to short span direction.

BSL
Time (sec)

Acc. (cm/s2)

EW

EW
NS

Sd (cm), h=10%

Figure 8: Sa-Sd curve of input waves

4 MEASURING METHOD
The acceleration of 3 directions on the floor at the centre
of the building and the acceleration on the floor at the
main frames are measured using accelerometers. Story
drift of all the frames by CLT panels and glulam
members on each floor are measured by using
displacement transducers and piano wires stretched at
the angle of 45 degree, as Figure 9 shows.
Strain gauges are used to measure the strain of the bolts
at some important joints and also some parts of CLT
panels. Especially for anchor bolts, centre hall type load
cells are also used to measure tensile force of the bolts.
To measure the relative displacement of joints and
deformation of a CLT panel itself, and to catch the crack
from the corner of the openings on large size CLT panels,
displacement transducers are used.
In addition to these measurements, we also used
measurement by image processing to obtain the whole
deformation of the specimen.

JMA Kobe
Time (sec)

Acc. (cm/s2)

NS
JMA Kobe
Time (sec)

Acc. (cm/s2)

UD
JMA Kobe
Time (sec)

Figure 7: Time history of acceleration of input waves

Figure 9: Displacement transducer and piano wire stretched at
45 degree to measure story drift
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5 TEST RESULTS
5.1 LOAD-DISPLACEMENT RELATIONSHIP OF
SPECIMEN A
Figure 9 shows the load-displacement curves at each
frame of Specimen A against JMA Kobe 100%. The
lateral load of each story was calculated by summing the
products of the acceleration measurement by each
accelerometer and the mass in the area the accelerometer
covers. Table 3 shows the maximum story drift at each
frame against BSL 100% and JMA Kobe 100%.
Torsional vibration was clearly observed against BSL
100% in short span direction and JMA Kobe.
The maximum shear deformation angle was about 1/150
radian against BSL 100% in long span direction, about
1/100 radian against BSL 100% in short span direction,
and about 1/30 radian against JMA Kobe 100%.

Table 3: Maximum story drift of Specimen A (unit: mm)
1) BSL 100% Long span direction
Short span dir.
Story
Y0
Y1
Y2
Y3
5
1.2
0.5
±0.4
0.5
4
1.0
0.6
0.8
1.1
3
1.3
1.0
-1.0
-1.1
2
1.7
1.1
±0.9
-1.0
1
1.0
1.1
-0.8
0.6

Y4
0.6
-0.8
-0.9
1.1
3.6

Long span dir.
X0
X1
7.2
4.4
11.7
8.9
17.3
14.8
19.6
18.5
±12.9
-14.1

2) BSL 100% Short span direction
Short span dir.
Story
Y0
Y1
Y2
Y3
5
8.3
±6.6
8.8
-5.0
4
15.4 ±14.2
-16.9
-8.5
3
24.1
-20.7
22.4
11.5
2
-30.2
-25.5
-25.2
-12.2
1
27.8
21.5
-15.3
7.7

Y4
2.9
4.2
4.6
4.8
3.8

Long span dir.
X0
X1
-1.6
1.1
-3.2
-2.4
4.9
4.4
6.7
6.2
5.0
5.1

3) JMA Kobe 100% 3-dimensional excitation
Short span dir.
Story
Y0
Y1
Y2
Y3
5
18.0
-10.6
-15.6
-11.0
4
-30.2
-29.0
-33.4
-20.1
3
-57.4
-49.0
-52.5
-29.5
2
-107.3
-91.2
-74.6
-36.4
1
-84.7
63.9
-58.2
23.2

Y4
-8.7
-11.7
-14.1
-14.7
12.2

Long span dir.
X0
X1
-15.2
6.8
-25.9
-12.5
-43.6
-22.1
-57.5
-31.8
49.9
-37.1

5th story

5.2 DAMAGE OF SPECIMEN A

4th story

3rd story

As vertical frames of Specimen A are composed of
narrow CLT wall panels, damage in early stage possibly
occurs at wall to foundation or wall to wall tensile joints,
and the specimen A was designed so that ductility of the
building can be obtained by the yield of anchor bolts.
Against BSL 100% in long span direction, two tensile
bolts between CLT wall panel and foundation reached
the yield point and the uplift of CLT panel was 4 mm to
5mm at the location of the yielded tensile bolts. However,
other damage against BSL 100% was not so severe,
which are slight deformation of steel plates, gaps
between wall panels, embedment of CLT panels at the
corner of openings, and so on.
Against JMA Kobe 100%, all tensile bolts between CLT
wall panel and foundation reached the yield point and
the uplift of CLT panel was at most 30 mm.
Compressive rupture at the corner of CLT wall panels
also occurred as Figure 10 shows. There is a small
opening for tensile bolts near the corner of CLT panel,
and it seems to cause the compressive rupture.

2nd story

1st story

Figure 9: Load-displacement curves obtained against JMA
Kobe 100% (unit: kN, mm)

Figure 10: Damage observed against JMA Kobe 100%
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5.3 LOAD-DISPLACEMENT RELATIONSHIP OF
SPECIMEN B
Figures 11 and 12 show the load-displacement curves at
each frame of Specimen A against JMA Kobe 100% and
140%, respectively. Table 4 shows the maximum story
drift against BSL 90%, JMA Kobe 100% and 140%.
The maximum shear deformation angle was about 1/200
radian against BSL 90%, 1/54 radian against JMA Kobe
100% and about 1/9 radian against JMA Kobe 140%.

3rd story

2nd story

Table 4: Maximum story drift of Specimen B (unit: mm)
1) BSL 100% Short span direction
Long span dir.
Story
X0
X2
Y0
3
-1.8
-1.9
6.2
2
-1.3
-1.2
11.9
1
0.8
1.4
12.9

Short span dir.
Y1
Y2
±9.1
9.9
13.3
14.1
-12.5
-12.7

Y3
6.6
11.2
12.0

2) BSL 100% Long span direction
Long span dir.
Story
X0
X2
Y0
3
3.3
4.8
0.9
2
6.3
8.6
0.8
1
8.9
11.7
-1.6

Short span dir.
Y1
Y2
1.5
2.4
-2.1
3.1
-1.0
3.2

Y3
±0.5
1.0
-1.4

3) JMA Kobe 100% 3-dimensional excitation
Long span dir.
Short span dir.
Story
X0
X2
Y0
Y1
Y2
3
-6.1
12.5
26.7
25.9
23.8
2
24.1
32.5
38.2
36.6
1
20.0
35.0
61.1
47.7
46.1

Y3
13.1
24.8
39.0

4) JMA Kobe 140% 3-dimensional excitation
Long span dir.
Short span dir.
Story
X0
X2
Y0
Y1
Y2
3
-9.9
-20.2
49.5
34.4
37.9
2
19.8
-22.8
43.6
88.7
84.1
1
56.0
113.0
326.4
-222.0
-174.7

Y3
26.1
77.6
106.6

5.4 DAMAGE OF SPECIMEN B

1st story

Figure 11: Load-displacement curves obtained against JMA
Kobe 100% (unit: kN, mm)

3rd story

2nd story

1st story

Figure 12: Load-displacement curves obtained against JMA
Kobe 140% (unit: kN, mm)

As large size wall panels of 3 layered 3 ply CLT with an
opening are used in Specimen B, occurrence of cracks
from the corner of opening was predicted as well as the
yield of anchor bolts.
Against BSL 90% in long span direction or short span
direction, no anchor bolts between CLT wall panel and
foundation reached the yield point. Damage observed
against BSL 90% was small gap between wall panels at
the corner of plan, small displacement of steel plate
connectors.
Against JMA Kobe 100%, all the anchor bolts reached
the yield point and the uplift of CLT panels was at most
19 mm. Vertical cracks of CLT panel from the corner of
openings occurred in first story, and the crack of the
CLT panel on line Y0 reached to the end of the panel as
Figure 13 shows.
JMA Kobe 140% was input to confirm the final failure
mode of the CLT structure in which vertical frames are
composed of large size panels. Even against JMA Kobe
140%, the collapse did not occurred but the structure was
severely damaged. One anchor bolt located at X1-Y0
fractured by the tensile force. CLT panel on the line Y0
was completely separated by the elongation of vertical
cracks from opening corners as Figure 14 a) and b) show.
Moreover, shear failure and detaching of surface lamina
were observed in the left (X0 side) part of the CLT panel
as Figure 14 c) shows.
At the bottom of CLT panels, splitting failure due to
compression force was observed as Figure 14 d) shows.
Additionally, the failure of steel plate and screw joints
such as withdrawal of screws and wood failure were
observed.
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5.5 SHEAR DEFORMATION OF FLOOR
Even though the eccentricity is not so large, torsional
vibration was observed for both specimens. Figure 15
shows the deformation of each floor of Specimen B at
the maximum displacement against JMA Kobe 140%.
This figure shows that the shear deformation is large and
that there even is a case that shear deformation of floor is
more dominant than torsional deformation by the strict
meaning. It has been confirmed that Specimen A also
revealed the same tendency of floor deformation.
Figure 13: Damage observed against JMA Kobe 100%

a) Damage of CLT panel on the line Y0

Figure 15: Floor deformation of specimen B at the maximum
displacement against JMA Kobe 140%

6 CONCLUSIONS

b) Failure from the corner of opening (on the line Y0)

c) Vertical shear failure of CLT panel (on the line Y0)

d) Splitting failure at the bottom of CLT panel
Figure 14: Damage observed against JMA Kobe 140%

Shake table tests were executed on five story building
with narrow width wall panels (Specimen A) and three
story building with large size wall panels (Specimen B)
to discuss the seismic performance and obtain the basic
data to investigate structural design method of CLT
building structures.
The results of shake table tests are as follows;
- Damage was rather slight even against the strong
input wave according to the Building Standard Law
of Japan (BSL). The maximum shear deformation
angle of specimen A was about 1/150 radian against
BSL 100% in long span direction, about 1/100
radian against BSL 100% in short span direction.
That of specimen B was about 1/200 radian against
BSL 90%.
- Finally, Specimen A survived three dimensional
input wave of JMA Kobe 100%, and Specimen B
survived 140% of JMA Kobe. The maximum shear
deformation angle of Specimen A was about 1/30
radian against JMA Kobe 100%. That of Specimen
B was about 1/54 radian against JMA Kobe 100%
and about 1/9 radian against JMA Kobe 140%.
- Damage of Specimen A against JMA Kobe 100%
was yield of anchor bolts and compressive rupture at
the corner of CLT wall panels. Damage of Specimen
B against JMA Kobe 100% was vertical cracks of
CLT panel from the corner of openings, and against
JMA Kobe 100% it was fracture of an anchor bolt,
separation of a CLT panel, compressive rupture at
the corner of CLT wall panels, joint failure and so
on. The damage was very severe but it did not
collapse.
- From the shape of floor deformation, there even is a
case that shear deformation of floor is more
dominant than torsional deformation
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Thus, the seismic performance and possibility of seismic
design of buildings using CLT were confirmed. The
findings by the tests and the comparison between the test
results and analytical results will be utilized for making
of Japanese standard and practical use of CLT building
structures.
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STRUCTURAL DESIGN OF FIVE-STORY AND THREE-STORY
SPECIMEN OF THE SHAKING TABLE TEST
Motoshi Sato1,Naohito Kawai2, Tatsuya Miyake3, Motoi Yasumura4, Hiroshi Isoda5,
Mikio Koshihara6, Shiro Nakajima7, Yasuhiro Araki8, Takafumi Nakagawa9

ABSTRACT: In this paper, we will describe an overview of the actual large shaking table test.

As part of the project in February 2015, we had a shaking table test of the five-story (specimen A),and the three-story
(specimen B).In order to predict the seismic performance of the specimen A and B, we gave a load increment analysis
and limit strength calculation by the three-dimensional FEM model.
As a result, we have confirmed, that both test body has sufficient seismic performance for input wave at the vibration
table test.

KEYWORDS: CLT panel, Seismic performance, FEM model
1 INTRODUCTION12
In Japan, recently some research projects on CLT
(Cross Laminated Timber) construction are conducted to
establish the law on the design method of CLT buildings
suited with the Japanese regulations of seismic design.
However, at the present moment, building with CLT
construction have to be structurally designed only under
“Approval route” where seismic performance of
objective building is verified through the time history
response analysis to obtain the approval by the minister
of MLIT (Ministry of Land, Infrastructure, Transport
and Tourism), since the law concerned with practical
structural design of CLT construction is not yet issued in
Japan.
As part of the project in February 2015, to discuss the
seismic performance to investigate the structural design
method of building structures of CLT, and gave a
vibration table tests in order to obtain the basic data.
Report on the structural design of the test specimen A
and specimen B of shaking table test in this section.
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2 PROCEDURE OF SEISMIC DESIGN
We conducted a design of the test specimen according to
the following procedure.
Step 1:
Replaced by a three-dimensional FEM model test
specimens, respectively.
Step 2:
To calculate the horizontal displacement of each floor
level by the load increment analysis.
Step 3:
Based on the horizontal force and the horizontal
displacement that acts on each floor level obtained by
the load increment analysis, predict the maximum
response displacement by mutatis mutandis the limit
strength calculation.
Step 4:
By using the analysis result, we went to confirm the
stress state of the spring elements with the CLT panel.

a)specimen A

b)specimen B

Figure 1:specimen A and B
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3 ANALYSIS MODEL
In this model, CLT panel is an elastic shell elements,
the junction is a non-linear spring element. Structural
performance of CLT panels and joints were set based on
the history of the experimental results.
It shows an analysis model diagram in Figure 2
Table 1 show the CLT panel structural performance.
wall-panel
CLT-panel

floor-panel

14500 (2900×5)

Figure 3:definition of direction of clt panel

8700 (2900×3)

specimen A

specimen B
Figure 2:specimen analysis model

3.1 CLTpanels
In this model, CLT panels were modelled as the
anisotropic shell elements. Their elasticity and strength
were calculated based on the method [1]. The properness
of the method had been conformed from the tests carried
out under the projects held by MILIT and the Forestry
Agency. First, the direction was defined as shown in
Figure 3. Longitudinal direction and lateral direction of
surface planks were defined each as “x”, “y”. Direction
of thickness of CLT panel was defined as “z”. Rotational
directions around x-axis and y-axis were defined each as
“rx”, “ry”. The layers where longitudinal direction of
planks was set in y-axis and “x-axis” are each called
“parallel layer” and “cross layer” in the followings.
Table 1 CLT panel structural performances
[mm]
90
150
210

Ex
2000
1200
1286

[N/mm2]
Ey
4000
3000
2571

Gxy
308
231
198

Erx
5778
4728
4041

[N/mm2]
Ery Gyz
222 123
624
78
866
99

Gzx
154
31
53

3.2 MECHANICAL PROPERTY AND
DISPOSITION OF SPRING ELEMENTS
Vertical Plane
Specimen A
The structure model used the spring elements of axial
direction (i.e. tension and compression springs) and
horizontal direction (i.e. shear springs) for the joining
between CLT panels as shown in Figure 4-a). The axial
direction are ‘wall-foundation’ [AT-1], ‘wall-wall’ [AT2] and ‘lintel-wall’ [AT-3] for tension spring
The horizontal direction are ‘wall-foundation’ [AS-1],
‘wall-floor, roof’ [AS-2] and ‘lintel-wall’ [AS-3] for
shear spring of screws with steel plates, as shown in
Figure 4-a). The compression spring was intended to
introduce the load of ‘wall-foundation’ [CC-1] ‘the
upper floor into the lower floor’‘wall-wall’ [CC-2]
located it every 100mm, as shown in Figure 4-a). The
mechanical properties of these elements were set based
on the test results [2], as shown in Figure 5
Specimen B
The structure model used the spring elements of axial
direction (i.e. tension and compression springs) and
horizontal direction (i.e. shear springs) for the joining
between CLT panels as shown in Figure 4-b). The axial
direction are ‘wall-foundation’ [BT-1], ‘wall-wall’ [BT2] and ‘wall-roof’ [BT-3] for tension spring
The horizontal direction are ‘wall-foundation’ [BS-1],
‘wall-floor, roof’ [BS-2] for shear spring of screws with
steel plates, as shown in Figure 4-b). The compression
spring was intended to introduce the load of ‘wallfoundation’ [CC-1] ‘the upper floor into the lower
floor’‘wall-wall’ [CC-2] located it every 100mm, as
shown in Figure 4-b). The mechanical properties of these
elements were set based on the test results [2], as shown
in Figure 5
The specimen B, opening with a large CLT panel also
an integral of the elastic shell elements (model B), and to
predict the maximum displacement in the state in which
the corners cracked, opening up and down from the
initial state hanging wall-spandrel wall portion and a
portion of the left and right of it was also predicted for
the state which has been separated (model B’) as shown
in Figure 4-d)
Horizontal Plane
The axial direction are ‘lamina parallel’ [FT-1], ‘lamina
orthogonal’ [FT-2] for tension spring The horizontal
direction are ‘floor-floor’ [FS], for shear spring of
screws with steel plates, as shown in Figure 4-c).
It shows Details of joints and spring elements in Figure
6

210

WCTE 2016 e-book | 3806

CLT panel Ydir. (lamina paralle)

2690

CC-2(@100)

CC-2(@100)

2690

210

210

CC-2(@100)

CC-2(@100)

210

2690

CC-2(@100)

[FT-1]

CC-2(@100)

CC-2(@100)

[FT-2]

[FS]

c) Horizonal model

CC-2(@100)

CC-2(@100)

2690

2690

210

CC-2(@100)

CC-1(@100)

CC-1(@100)

[AS-3] [CC-1]

[AT-1]

[AT-2]

[AT-3]

[AS-1]

[AS-2] [AS-3] [CC-1]

Tension‐spring [specimen A]

250

250

200

200

[BS-1]

[BS-2] [BS-3] [CC-1]

d) model specimen B’

[CC-2]

200

Shear‐spring [specimen A]

AT‐2 [Wall‐Wall]

50

1

200

2
3
Axial Displacement [cm]

4

0

5

BT‐1 [Wall‐Foundation]

Tension‐spring
FT‐1 [Floor‐Floor lamina parallel]

Axial Force [kN]

BT‐3 [Wall‐Roof]
100

50

1

2
3
Axial Displacement [cm]

4

5

Axial Force [kN]

100

50

0

0

1

2
3
Axial Displacement [cm]

4

5

0

1

50

Shear‐spring [specimen B]

2
3
Axial Displacement [cm]

4

5

Shear‐spring

40

BS‐1 [Wall‐Foundation]
BS‐2 [Wall‐Floor]

100

50

0

FT‐2 [Floor‐Floor lamina orthogonal]

AS‐3 [Wall‐Lintel]

150

BT‐2 [Wall‐Wall]

0

AS‐2 [Wall‐Froor]

200

Tension‐spring [specimen B]

150

AS‐1 [Wall‐Foundation]

100
50

AT‐3 [Wall‐Lintel]
0

150

Axial Force [kN]

Axial Force [kN]

AT‐1 [Wall‐Foundation]

100

0

[BT-3]

150

150

0

[BT-2]

300

300

Axial Force [kN]

[BT-1]

b) specimen B
Figure 4: Disposition of the spring elements

a) specimen A

Axial Force [kN]

[CC-2]

30

FS [Floor‐Floor]

20
10
0

0

1

2
3
Axial Displacement [cm]

4

5

[CC-1]:Compression-spring (Kc=10×106 kN/cm)

0

1

2
3
Axial Displacement [cm]

4

5

[CC-2]:Compression-spring (Kc=500 kN/cm)

Figure 5: Mechanical properties of the spring elements

a) Specimen A 1st story

b) Specimen A 2-5th story

c) Specimen B 1st story

d) Specimen B 2-3rd story

[AT-1] wall-foundation

[AT-2] wall-wall

[BT-1] wall-foundation

[BT-2] wall-wall

[AS-1] wall-foundation

[AT-3] wall-lintel

[BS-2] wall-foundation

[BS-2] wall-floor

[AS-2] wall-floor
[AS-3] wall-lintel

Figure 6: Details of joints and spring elements

e) Horizontal Plane
[FT-1] floor- floor
(lamina parallel)
[FT-2] floor- floor
(lamina orthogonal)
[FS] floor- floor
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4 LOAD INCREMENT ANALYSIS
Horizontal forces to use for the load increment analysis
is given to each layer floor on the basis of Ai distribution.
And determined the horizontal force corresponding to
the horizontal displacement of each of the floor based on
the analysis results.
The horizontal forces shown in Table 2.
Specimen A
Figure 7-a) shows the story shear versus story drift
relations for static analysis of the horizontal load with Ai
distribu-tion rules in BSL. In this figure, story shear
versus drift angle relations in the same step of 1/75rad
and 1/50rad shows lozenge and triangle marks,
respectively. In the story drift angle for the same step,
deformation of 2nd story preceded other story both Short
and Long-side. As for the base shear of 1/75rad, Short side was 1402kN, and Long-side was 1883kN. Also, as
for those of 1/50rad, Short -side was 1765kN, and Long side was 2536kN. In the comparison between the base
shear of Short and Long-side, the base shear of Longside was bigger about 1.4 times than Short -side.

floor
5
4
3
2
1

Wi [kN]
311.0
623.1
623.1
623.1
660.6

horizontal force :specimen B
αi
0.11
0.33
0.55
0.77
1.00

Ai
2.10
1.53
1.30
1.14
1.00

Short‐side [specimen A]

3000

1500

1

2

3

4
5
6
7
Displacement [cm]

8

9

Long‐side [specimen A]

3000

0

10

0

1

Story Shear [kN]

Story Shear [kN]

1000
500

0

1

2

3

4
5
6
7
Displacement [cm]

a) specimen A

8

9

1000

2

3

4
5
6
7
Displacement [cm]

8

9

10

0

0

1

1000

500

10

0

0

1

2

3

4
5
6
7
Displacement [cm]

8

2

3

4
5
6
7
Displacement [cm]

8

c) specimen B (model B’)

1st story
2nd story
3rd story
1/75rad
1/50rad

1500
1st story
2nd story
3rd story
4th story
5th story
1/75rad
1/50rad

1st story
2nd story
3rd story
1/75rad
1/50rad

Long‐side [specimen B]

2500

1500

Ai /A1
1.39
1.42
1.00

500

2000

2000

Ai
1.53
1.19
1.00

Short‐side [specimen B']

1500

500

0

αi
0.24
0.62
1.00

2000

1000

500

0

ΣWi [kN]
195.6
507.5
819.8

1st story
2nd story
3rd story
1/75rad
1/50rad

1500

1000

0

Wi [kN]
195.6
311.9
312.3

Short‐side [specimen B]

Story Shear [kN]

2000

floor
3
2
1

Ai /A1
1.85
2.21
1.69
1.30
1.00

2000

1st story
2nd story
3rd story
4th story
5th story
1/75rad
1/50rad

2500
Story Shear [kN]

ΣWi [kN]
311.0
934.0
1557.1
2180.1
2840.8

In the comparison between the Short-side base shear of
model B and B’, the base shear of model B was bigger
about 1.5 times than model B’

Story Shear [kN]

Table 2
horizontal force :specimen A

Specimen B (model B)
Figure 7-b) In this figure, story shear versus drift angle
for the same step, deformation of 1st story preceded 2nd
and 3rd story both Short and Long-side. As for the base
shear of 1/75rad, Short-side was 659kN, and Long-side
was 696kN. Also, as for those of 1/50rad, Short-side was
840kN, and Long-side was 854kN. In the comparison
between the base shear of Short and Long-side, the base
shear of Long-side was bigger about 1.1 times than Short
-side
Specimen B (model B’)
Figure 7-c) In this figure, story shear versus drift angle
for the 1/75rad, deformation of 2nd story preceded 1st
and 3rd story Short-side. And for the 1/50rad,
deformation of 1st story preceded 2nd and 3rd story As
for the base shear of 1/75rad, Short-side was 446kN.
Also, as for those of 1/75rad, Short-side was 586kN.

9

10

b) specimen B (model B)
Figure 7: Story Shear versus Story Displacement Relationship

9

10
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5 PREDICTION OF SEISMIC
PERFORMANCE
Based on the horizontal force and the horizontal
displacement acting on each floor level obtained by the
load increment analysis to predict the maximum
response displacement by mutatis mutandis limit
strength calculations.
As shown in FIG. 8, the intersection of Sa-Sd curve of
input wave[3] (need performance curve) and the
acceleration-displacement curve (holding performance
curve) was the maximum response point.
It is shown in Figure 9 the story drift angle of each floor
level corresponding to the maximum response point.
And in Figure 10 the horizontal displacement of each
ART, h=10%
6

Short‐side [specimen A]

18

8
6
4
2
0

0.1

0.2

20

0.3
Sd[m]

0.4

0.5

0
0.02

0.04
0.06
0.08
story drift angle [rad]

0.1

0

10
8
4
2
0
0

0.1

0.2

0.3
Sd[m]

0.4

0.5

1/30rad

2

1

1
0
0.02

0.04
0.06
0.08
story drift angle [rad]

0.1

0

14

1/30rad

8

B

6

B'

4
2
0

3

0.1

0.2

20

0.3
Sd[m]

0.4

0.5

2

1

1

0.6

0

0.02

6

Long‐side [specimen B]

18

0.04
0.06
story drift angle [rad]

0.08

0

0.1

14

Long‐side [specimen B]

Story

10
8
6
4
2

1/30rad

0.1

0.2

0.3
Sd[m]

0.4

0.5

0.6

Figure 8: Sa-Sd curve Displacement curve

10

20
30
Displacement [cm]

40

50

Long‐side [specimen B]

4

3

3

2

2

1

1

0

0

0

5

4

12

Long‐side [specimen B,B']

6

5

16

50

3

2

0

0

40

4
Story

Story

10

20
30
Displacement [cm]

5

4

12

10

6

Long‐side [specimen B,B']

5

16

50

3

2

6

Short‐side [specimen B,B']

18

40

4

3

0

Specimen B,B’

20

20
30
Displacement [cm]

Long‐side [specimen A]

5

0

0.6

10

6

Long‐side [specimen A]

Story

Story

Sa[m/s2]

1

4

12

6

Sa[m/s2]

1

5

14

Sa[m/s2]

2

6

16

3

2

0

Long‐side [specimen A]

18

0

3

0.6

Short‐side [specimen A]

4

0

0

JMAkobe Max

5

Story

10

6

1/30rad

4

12

Story

Sa[m/s2]

14

ART Max

Short‐side [specimen A]

5

16

JMAkobe, h=10%

Story

20

Sa‐Sd

Specimen A

floor level corresponding to the maximum response
point.
Attenuation constant when calculating the necessary
performance curves were set to 10%, based on the results
of the other shaking table test.
In the case of building long-side direction in the
specimen A, in the case of the building short-side
direction in the specimen B, displacement caused by
JMA Kobe exceeds the safety limit, but it has not
reached the strength lowering area, and both are not
afraid of collapsel. The safety limit displacement it was
1/30 of the floor height.It was confirmed from the test
results, that the test body has sufficient seismic
performance for input wave at the shaking table test.

0

0.02

0.04
0.06
story drift angle [rad]

0.08

0.1

0

0

10

20
30
Displacement [cm]

40

50

Figure 9:story drift angle

Figure 10:horizontal displacement

of each floor level

of each floor level
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6 RESULTS OF VERIFICATION
6.1 CLT panel Stress
Figure11 and 12 shows the stress contour of 3-dimension
FEM model for ART and JMA kobe in each direction.
Specimen A
In this figure, the place of the maximum stress is the
first floor at the bottom of the panel. Vertical
compressive stress is bigger than other stress. The ratio
of the maximum horizonal stress of the shell elements on
ART to the vertical compressive stress was 0.59 or less,
and the ratio of JMA kobe was 0.57 or less. And the ratio
of the maximum tensile stress of the shell elements to the
vertical compressive stress was 0.11 or less.There is a
high possibility that compression fracture occurs.
Load dir.

Specimen B
In this figure, the place of the maximum stress is the
first floor at the bottom of the panel. Vertical
compressive stress is bigger than other stress. The ratio
of the maximum horizonal stress of the shell elements on
ART to the vertical compressive stress was 0.36 or less,
and the ratio of JMA kobe was 0.26 or less. And the ratio
of the maximum tensile stress of the shell elements on
ART to the vertical compressive stress was 0.34 or less,
and the ratio of JMA kobe was 0.25 or less.
The cause the value of the stress is large, because the
models of CLT panel is an elastic shell elements.

[N/mm2]

Load dir.
compressive(-)

tensile(+)

Load dir.

b)Specimen A long-s.

a)Specimen A short-s.
2

[ART]

-0.07= (2.3/-35.1 [N/mm ])
0.59= (-20.8/-35.1 [N/mm2])
[JMA kobe] -0.06= (2.9/-45.1 [N/mm2])
0.57= (-25.7/-45.1 [N/mm2])

c)Specimen B short-s.
2

[ART]

-0.05= (1.6/-35.1 [N/mm ])
0.34= (-12.0/-35.1 [N/mm2])
[JMA kobe] -0.06= (2.6/-45.1 [N/mm2])
0.48= (-21.6/-45.1 [N/mm2])

-0.34= (5.2/-15.1 [N/mm2])
0.36= (-5.4/-15.1 [N/mm2])
[JMA kobe] -0.25= (9.1/-35.7 [N/mm2])
0.26= (-9.3/-35.7 [N/mm2])

[ART]

Figure 11: Horizonal unit stress
Load dir.

[N/mm2]

Load dir.
compressive(-)

tensile(+)

Load dir.

a)Specimen A short-s.
-0.11= (3.8/-35.1 [N/mm2])
1.00= (-35.1/-35.1 [N/mm2])
[JMA kobe] -0.08= (3.9/-45.1 [N/mm2])
1.00= (-45.1/-45.1 [N/mm2])

[ART]

b)Specimen A long-s.
-0.11= (3.9/-35.1 [N/mm2])
0.61= (-21.3/-35.1 [N/mm2])
[JMA kobe] -0.09= (4.2/-45.1 [N/mm2])
0.72= (-32.3/-45.1 [N/mm2])

[ART]

Figure 12: Vertical unit stress

c)Specimen B short-s.
-0.21= (3.1/-15.1 [N/mm2])
1.00= (-15.1/-15.1 [N/mm2])
[JMA kobe] -0.10= (3.6/-35.7 [N/mm2])
1.00= (-35.7/-35.7 [N/mm2])

[ART]
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1.06 or less(AS-2).Maximum ductility factor in at ART
of thetensile connection was 2.90.
Specimen B
In these figures, the ratio of the maximum stress of the
tension-spring elements on ART to the allowable stress
was 0.42 or less (BT-2), and the ratio of JMA kobe to the
ultimate strength was 0.61 or less (BT-2). And the ratio
of the maximum stress of the shear-spring elements on
ART to the allowable stress was 0.67 or less (BS-2), and
the ratio of JMA kobe to the ultimate strength was 1.04
or less (BS-2).Maximum ductility factor in at ART of
thetensile connection was 8.8.

6.2 spring elements
Figure13 shows the axial load versus deformation
relations and the shear force versus deformation relations,
respectively.
Specimen A
In these figures, the ratio of the maximum stress of the
tension-spring elements on ART to the allowable stress
was 0.50 or less (AT-2), and the ratio of JMA kobe to
the ultimate strength was 0.65 or less (AT-2). And the
ratio of the maximum stress of the shear-spring elements
on ART to the allowable stress was 0.45 or less (AS-2),
and the ratio of JMA kobe to the ultimate strength was
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7 CONCLUSIONS
In order to predict the seismic performance of the
specimen A and B, we gave a load increment analysis
and limit strength calculation by the three-dimensional
FEM model.
Based on the horizontal force and the horizontal
displacement acting on each floor level obtained by the
load increment analysis to predict the maximum
response displacement by mutatis mutandis limit
strength calculations.
In the case of building long-side direction in the
specimen A, in the case of the building short-side
direction in the specimen B, displacement caused by
JMA Kobe exceeds the safety limit, but it has not
reached the strength lowering area, and both are not
afraid of collapsel. The safety limit displacement it was
1/30 of the floor height.
It was confirmed from the test results, that the test body
has sufficient seismic performance for input wave at the
shaking table test.
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AN APPROACH TO CLT DIAPHRAGM MODELING FOR SEISMIC
DESIGN WITH APPLICATION TO A U.S. HIGH RISE PROJECT
S ott Br n man1, Eri M Donn ll2, R id B. imm rman3
ABSTRACT: A candidate CLT diaphragm analysis model approach is presented and evaluated as an engineering design
tool motivated by the needs of seismic design in the United States. The modeling approach consists of explicitly modeling
CLT panels as discrete orthotropic shell elements with connections between panels and connections from panels to
structural framing modelled as two-point springs. The modeling approach has been compared to a developed CLT
diaphragm design example based on U.S. standards showing the ability to obtain matching deflection results. The
sensitivity of the deflection calculations to considering CLT panel-to-panel connection gap closure is investigated using
a simple diaphragm example. The proposed modeling approach is also applied to the candidate floor diaphragm design
for the Framework project, one of the two U.S. Tall Wood Building Prize Competition winners, currently under design.
Observations from this effort are that the proposed method, while a more refined model than typically used during building
design, shows promise to meet the needs of innovative CLT seismic designs where appropriate simpler diaphragm models
are not available.
KEYWORDS: Cross-Laminated Timber, Diaphragms, Seismic Design, Modeling Techniques

1 INTRODUCTION123
Recent years have seen significant establishment of
product and testing standards and building code adoption
of Cross-Laminated Timber (CLT) within the U.S. design
environment. Examples include creation of a product
performance specification, ANSI/APA PRG 320,
inclusion of design provision into the U.S. national
engineering wood design standard, the 2015 Edition of the
American Wood Council’s (AWC) National Design
Specification® (NDS®) for Wood Construction, and
inclusion as a code-recognized building component in the
2015 International Building Code (IBC).
Designers in the western high-seismic regions of the
United States have significant interest in using mass
timber products, including CLT, which has led to a wave
of research pertaining to the behavior of CLT panels as
components of vertical seismic force-resisting systems.
Internationally, several full-scale test efforts have shown
that all CLT buildings can perform well under high
seismic demand [1][2]. One highly anticipated effort in
the U.S. is the definition of a CLT shear wall system for
use as a seismic lateral force-resisting system and
determination of corresponding Seismic Design Factors
for use in the U.S. seismic design standards [3]. Other
efforts include investigating high-performance, lowdamage and rapidly repairable seismic force-resisting
systems [4][5].
1
Scott Breneman, WoodWorks, Deer Park, Washington, USA.
scott.breneman@woodworks.org
2
Eric McDonnell, KPFF Consulting Engineers, Portland,
Oregon, USA. Eric.McDonnell@kpff.com

Complementary to these efforts is needed research in the
behavior of horizontal force-resisting systems—floor and
roof diaphragms. Many experimental studies have been
performed on CLT connection behavior that can be of
significance to CLT diaphragms [6][7]. CLT connection
design has also been incorporated into the 2015 Edition of
the NDS. Analytical studies have investigated
extrapolating the connection behavior to full diaphragm
system behavior [8]. Research to build an experimentally
validated understanding of CLT diaphragm system
behavior and tie this understanding to standard design
practices in the U.S. are in their inception. While the
authors have heard of experimental research on full
diaphragm system behavior potentially underway soon,
no results of such experimental studies are known to be
available.
Current engineering design of CLT diaphragms is based
on known CLT component and connection behavior
scaled up to system behavior using rational engineering
mechanics and analysis. The goal of this work is to
explore this process and apply the state of knowledge of
CLT diaphragm behavior to practical engineering design
to meet the building code requirements of high-seismic
design in the United States. In particular, this paper will
concentrate on one aspect of engineering design:
modeling of CLT diaphragms to calculate deflections and
distribute forces resulting from earthquake loading.

3
Reid B. Zimmerman, KPFF Consulting Engineers, Portland,
Oregon, USA. Reid.Zimmerman@kpff.com
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2 U.S. STANDARDS ENVIRONMENT
FOR DIAPHRAGM DESIGN
Many of the general building code requirements and
design standards for horizontal diaphragm design of
engineered buildings in the United States are contained in
Chapter 16 of the IBC and Chapter 12 of ASCE/SEI 7-10:
Minimum Design Loads for Buildings and Other
Structures (ASCE 7). Of significance to designers using
these standards is the classification of the in-plane
diaphragm behavior either as idealized as rigid, idealized
as flexible, or modeled as semi-rigid. While idealizing
diaphragms as rigid or flexible is vastly preferred by most
designers for most building designs, ASCE 7 does not
automatically allow such an assumption for all diaphragm
systems. For seismic design, ASCE 7 has scenarios where
a rigid diaphragm can be assumed without further
justification such as regular concrete slab diaphragms
with a span-to-depth ratio of 3 or less. There are also
scenarios where diaphragms sheathed with wood
structural panels or untopped metal deck can be assumed
to be flexible. However, if none of the scenarios apply to
classify a diaphragm as flexible or rigid, then the designer
has the choice to either use semi-rigid diaphragm
modeling or attempt to justify an idealization of rigid or
flexible diaphragm behavior via detailed calculations.
The justification of idealized diaphragm behavior is
performed by comparing calculated diaphragm
deflections to calculated vertical force-resisting system
deflections. As CLT diaphragms are not within the scope
of the automatic idealizations of diaphragm behavior,
seismic design of CLT diaphragms in the typical U.S.
building codes requires some understanding of CLT
diaphragm deflections.
Internationally published example CLT design projects
known to the authors assume rigid diaphragm behavior [9]
or show through experiment that the diaphragm behavior
performs rigidly relative to CLT shear wall systems
[1][10]. However, assuming rigid behavior is not
compatible with current seismic standards in the U.S.
Additionally, there is significant interest in using CLT and
other mass timber floors with a wide variety of vertical
force-resisting systems, including CLT walls, traditional
wood structural panel sheathed shear walls, steel moment
frames and concrete shear walls. The use of CLT
diaphragms with differing vertical force-resisting systems
may require a building-specific analysis to determine
appropriate diaphragm modeling approaches.

3 CLT DIAPHRAGM MODELING
There are a variety of rational models of engineering
mechanics which can be applied to calculate CLT
diaphragm deflections and distributed lateral forces
among the structural elements. Unlike more homogenous
diaphragm systems, or diaphragm systems consisting of
many smaller components, mass timber panel
diaphragms—e.g., CLT, glued-laminated timber (glulam)
and structural composite lumber—consist of large stiff
panels with discrete connection zones. A significant
portion of the in-plane diaphragm deflection occurs in

these connection zones. Such a diaphragm system is not
unique to mass timber systems, as a similar configuration
can be found in untopped precast concrete systems [11].
The spectrum of potential modeling approaches to CLT
diaphragms include:
 Homogenous models
 Discrete panel and lumped connection models
 Discrete panel and distributed connection models
Homo nous mod ls use smoothed analytical models
derived in a manner such that the influence of panel-topanel connection behavior is averaged over the model of
the diaphragm. See Figure 1. Such an approach does not
explicitly model individual panels and panel connection
zones. This approach is commonly used in engineering of
conventional wood structural panel diaphragms where net
effective properties have been verified with experimental
studies and implemented in the U.S. standards—e.g., the
diaphragm deflection equations in the 2015 and earlier
editions of AWC’s Special Design Provisions for Wind
and Seismic (SDPWS). An eventual goal of mass timber
diaphragm research may be to develop, calibrate and
standardize such homogenous design methods and models
for general purpose CLT diaphragm design. Given the
variety of innovative connection and structural
configurations possible with CLT, such standardization is
not as a simple task.

Figure 1: omogenous C

iaphragm

o el

Dis r t an l mod ls explicitly model individual CLT
panels and connections zones. Such models explicitly
include panel-to-panel connections. The models may or
may not include the connections to and between
supporting framing. There is a large range of possible
levels of detail to model connection zones. One extreme,
used in the domain of researcher and product
development, is to model each screw or nail with nonlinear force-deformation relationships. Several less
detailed, intermediate modeling approaches have been
considered by the authors for application to building
design efforts. A distributed connection model includes
a representation of the connection zones as linear or 2-D
modeling elements. For example, a panel-to-panel
connection can be represented by shell or membrane
elements with properties capturing the stiffness of the
connection both parallel and perpendicular to the
connection line as shown in Figure 2. In commercial
finite element model (FEM) structural analysis software,
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the discretized FEM analysis model can be generated
using automatic meshing of the element areas.

Figure 2: iscrete anel

o el ith - Connection ones

3.1 A PROPOSED HOMOGENOUS CLT
DEFLECTION MODEL
Given growing interest in CLT floor and roof systems,
there is a need for more designers to be familiar with the
design of CLT diaphragms. To help meet this need,
Spickler, et al. developed a white paper that covers in
detail the design of a regular rectangular CLT diaphragm
[12]. The design example builds upon worldwide research
and U.S. standards to present an example diaphragm
design of a 135-foot (41.1-m) long by 65-foot (19.8m)
wide diaphragm constructed of 8-foot (2.44 m) wide CLT
panels. The panels are 3-ply, 3.9 inches (99 mm) thick,
and comprised of North American Spruce-Pine-Fir
lumber. The typical panel-to-panel connection evaluated
in the example is detailed with plywood splines as shown
in Figure 5 from the white paper.

Another discrete panel modeling approach is to aggregate
the force-deformation behavior of the connection zone to
the ends of the panels. Generalized two-point spring
elements are one means of implementation of this
approach. See Figure 3. This approach has the advantage
of having a relatively small number of modeling elements,
but may have a relatively large number of different
element properties, particularly when there are many
different panel sizes.

Figure 5: esign

Figure 3: iscrete anel

o el ith Corner Connections

Intermediate to the proceeding approaches is to discretize
the connection zones by placing two-point springs at
regular spacing, such as every 24 inches (~600 mm),
along the connection zone as shown in Figure 4. With the
large number of elements to be placed under such an
approach, parametric generation of the analysis model
using scripting, spreadsheets or other model development
tools can greatly aid in the modeling.

ample anel-to- anel Connection

The design example presents a homogenous diaphragm
deflection model based on a modification of the
diaphragm deflection equation used for conventional
wood structural panel sheathed diaphragms in U.S.
standards including the SDPWS. The proposed modified
four-term equation for the maximum deflection at the
center of a rectangular diaphragm of length, L, and depth,
B, is:

𝛿𝑑𝑖𝑎 =

∑(𝑥Δ𝑐 )
𝑣𝐿
5𝑣𝐿3
+
+ 𝐶𝐿𝑒𝑛 +
2𝑊
8𝐸𝑐ℎ 𝐴𝑐ℎ 𝑊 4𝐺𝑣 𝑡𝑣

Where
is the maximum shear at the edge of the
diaphragm and is calculated from the uniform line load,
, applied to the length of the diaphragm, as = /2 .
The only change in this proposal from the conventional
wood diaphragm deflection equation is the variable C in
the third term which calculates the contribution of
connection slip to the total deflection. The variable C, as
shown in [13], is defined by:

1
1 1
)
𝐶= ( +
2 𝑃𝐿 𝑃𝑊

Figure 4: iscrete anel
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where
and
are the length and width of typical
panels. The term, en, is the connection slip at the outer
edge of the diaphragm under the maximum shear load, .
The derivation of this slip term can be found in ATC-7
Guidelines for the Design of Horizontal Wood
Diaphragms [13] where it was derived for application to
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typical wood structural panel diaphragms. The derivation
assumes rectangular panels of equal size, the linear elastic
connection stiffnesses at all four sides of the panels, and
that the connection stiffnesses are equal for loads parallel
to and perpendicular to the panel-to-panel connection line.
The first term of the deflection equation is flexural
bending of a simply supported beam resisted by
concentrated diaphragm chord areas, A, resisting tension
and compression at a distance, W, from each other. The
second term is shear deformation of the CLT panels
themselves and can be written in an alternative form as
2
/8AcltGeff. Where Aclt is the gross cross-sectional area
of the CLT diaphragm resisting the shear load and Geff is
the effective shear modulus. The method to estimate the
shear modulus for CLT panels used in the design example
can be found in Flaig and Blaß [14]. The fourth term is the
geometric translation of any chord slip under loading into
lateral deformation of the diaphragm.
While validation and possible modification of the
proposed homogenous diaphragm deflection calculation
will be a valuable step for future research, this proposed
deflection model is a form familiar to U.S. structural
designers and provides a candidate baseline from which
explicit CLT diaphragm deflection modeling can proceed
as needed.
3.2 CANDIDATE MODELING APPROACH
Following the lead of the CLT diaphragm white paper
example, investigations have been made by the first
author into how to create finite element analysis models
consistent with the proposed deflection model that can be
extended to more complicated diaphragm configurations
that do not easily map into the rectangular hand
calculation deflections. For example, it is common for
CLT diaphragm connection details to vary between the
short edges of CLT panels, where panels are connected to
supporting framing with long self-tapping screws, and the
long edges of CLT panels, where panels are connected to
adjacent panels via a panel-to-panel connection such as a
spline. Some possible panel-to-panel connections do not
have equal stiffness properties parallel to the connection
and perpendicular to the connection. For example, butt
joints with self-tapping screws driven at an angle to the
surface and perpendicular to the connection line are more
flexible parallel to the connection where the screws are in
straight shear and more rigid perpendicular to the
connection where screws in are in combined shear and
tension or compression. The discrete panel, lumped
connection modeling approach has been developed and
explored to accommodate a broader range of possible
diaphragm configurations and connection details.
This approach is implementable using common
commercial structural analysis software with the goal of
achieving an appropriate balance between model
complexity and model accuracy applicable to a practical
design process. Using SAP 2000 as a commercial analysis
platform, this work has lumped the behavior of many
connectors as spring elements to adjacent framing at panel
corners. While this level of modeling is more detailed than

typical diaphragm design models in professional practice,
it is perceived by the authors as not too onerous for
innovative CLT seismic design in the U.S.
CLT panels are modeled with four-node membrane
elements to capture in-plane behavior only. Orthotropic
material definitions have been used to capture the
asymmetric behavior and allows for explicit definition of
the in-plane shear modulus of the panels derived from
laminae properties and inter laminae bonding properties
[14]. The thickness, t, of the element matches the full
thickness of the CLT panel and the in-plane moduli of
elasticity of the panels are defined such that in-plane
section stiffness in the major and minor panel axes are
equal to the axial stiffness of the laminations parallel to
the direction. For example, the modulus of elasticity of
the CLT membrane material in the major strength axis of
the element, E1, is set to:

𝐸1 =

𝑡0,𝑛𝑒𝑡
𝐸0
𝑡

where 𝑡0,𝑛𝑒𝑡 is the net thickness of the longitudinal CLT
layers and 𝐸0 the modulus of elasticity parallel to grain of
the longitudinal layers. Note that this equation ignores the
contribution of the transverse CLT layers. Alternatively a
second term can be added to the equation above equal to
𝑡−𝑡0,𝑛𝑒𝑡
𝐸90 where 𝐸90 is the elastic modulus of wood
𝑡
perpendicular to grain. However, this refinement was not
included in the current work. Poison’s ratio between the
two in-plane axes of the membrane is set to 0.
In this work, the modulus of elasticity, 𝐸0 , has been taken
as that for the wood grade in accordance with the NDS for
simplicity. Test results often show the expected modulus
of elasticity to be higher than that represented in the NDS.
When a diaphragm is being analyzed for earthquake
effects that represent full unreduced seismic loads, as
opposed to equivalent lateral force loading where forces
have been divided by a seismic force reduction factor, it
is often preferable to use expected or average material
properties. CLT manufacturers are sometimes able to
provide more accurate expected moduli of elasticity taken
from their testing programs.
The panel edge connections are modelled using two-point
springs located at corners of the panels schematically
shown in Figure 6. These springs have stiffness in two
directions. The stiffness along the length of the spring,
models the resistance to deflections perpendicular to the
connection, that is, compression between or separation of
the panels. The stiffness perpendicular to the spring in the
plane of the diaphragm models the resistance to shear
deformations between panels. The force-deformation
relationship of springs is an aggregate of connectors along
the panel edge. In the work to date, the spring stiffness
values have been set to tributary stiffness of one half the
connection along the panel, which matches the total
connection stiffness to shearing parallel and perpendicular
to the connection. For in-plane rotational effects between
the panels, this model slightly overestimates the large
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scale (rigid panel) rotational stiffness between panels and
slightly underestimates the localized (node) rotational
stiffness of the connection between nodes in adjacent
panels.

duplicate these support conditions using a single restraint
point on each end and modeling constraints along grid
lines 1 and 2 to tie the edge of the diaphragm to the
restraint points.

Figure 8:
Figure 6: lan ie o C
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3.3 COMPARISION WITH IDEALI ED CLT
DEFLECTION MODEL
The test for this modeling approach was to duplicate the
hand calculations of the 135-foot (41.2 m) by 65-foot
(19.8 m) deep example diaphragm shown in Figure 7 from
the white paper by Spickler et al.

Figure 9: C
Figure 7: lan o e ample C

iaphragm

For a comparison of the FEM approach with the four-term
deflection calculation approach, a 64-foot (19.5m) deep
diaphragm was modeled and compared to revised hand
calculations from the example. The total deflection of the
64-foot deep diaphragm to a lateral load, , of 1000 lbf/ft
(14.6 kN/m) calculated via the four-term deflection
equation as 1.197 inches (30.40 mm). The values of each
of the four terms of the deflection equation are chord
flexure equals 0.261 inch (6.63 mm), panel shear equals
0.304 inch (7.72 mm), connection slip equals 0.427 inch
(10.8 mm), and chord slip equals 0.204 inch (5.2 mm).
While all four terms significantly contribute deflection, in
this example, the connection slip term has the largest
contribution.
A corresponding analysis model was developed in SAP
2000 to duplicate the hand calculation matching the
assumptions of the four-term equation as closely as
possible. See Figure 8. For example, the flexural
deflection in the hand calculation assumed a simply
supported beam, so care was taken in the SAP model to

iaphragm e lection e aggerate

The resulting maximum deflection of the FEM analysis
was 1.029 inches (26.1 mm), 14% less than the hand
calculations. See the deflection shape in Figure 9.
Investigation into the results revealed the largest
divergence between the hand calculations and the FEM
analysis was the impact of chord slip on the deflections.
In the FEM analysis, when the chord slip occurs at chord
splices along lines A and B, the model distributes a
portion of the chord loads onto the adjacent panels and
panel-to-panel connections. This stiffening effect does not
happen in the four-term deflection equation method.
When chord slip is not included in either approach, the
deflection from the four-term (now three-term) equation
is 0.992 inch (25.2 mm) and from the FEM analysis is
0.966 inch (24.5 mm), only 2.6% less.
From an engineering perspective, this is a very favorable
result validating the modeling approach. While it is not
surprising that a FEM analysis of a simple diaphragm can
closely match equivalent hand calculations, it is important
to note that none of the modeling properties of the FEM
analysis were tuned to achieve matching results.
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3.4 ANALYTICAL IMPACT OF GAP CLOSURE
The discrete panel lumped connection modeling approach
is being used to study the effect of different assumptions
on the behavior of the CLT diaphragms models. One such
study is the impact of panel-to-panel gap closure in
regions of compression at the panel connections.

Framework is anticipated to be the tallest modern timber
building constructed in the United States.

The derivation of the connection slip term of the hand
calculation of diaphragm deflection assumed equal
stiffness between panels in shear, tension and
compression of the panel-to-panel zone. Given that
typical conventional wood structural panel-sheathed
diaphragms are constructed with a small gap between
adjacent sheathing panels, this assumption appears
rational. As CLT panels may not be constructed with
intentional gaps between them, but may be intentionally
clamped down tight against each other, the assumption of
equal connection stiffness in tension and compression is
worth investigation.
To investigate this assumption, a modified version of the
analytical model described in the prior section was made
using bilinear connection springs for the panel-to-panel
connection perpendicular to the connection line. The
bilinear spring was constructed similar to a gap element
but using a finite stiffness in compression was 1,000 times
the stiffness of the connection in tension. Comparing to a
physical property of the CLT, 1,000 times the connection
stiffness was approximately the axial stiffness of 3 inches
(76 mm) of length of the CLT panel in compression.
With this modification made throughout the model, the
resulting maximum deflection was calculated as 0.987
inch (25.1 mm), a 4.0% reduction from the deflection
(1.029 inches, 26.1 mm) with no closure of the connection
in compression. While the difference between these two
deflections is small, more thorough studies of CLT
diaphragm behavior can reveal the importance of
connection closure on global behavior for other
configurations.

Figure 10: rame ork roject Ren ering

4 APPLICATION TO PROJECT DESIGN
To further demonstrate the modeling approaches
developed, these techniques are applied to the schematic
floor diaphragm design of the Framework project in
Portland, Oregon, USA. The Framework project is one of
the two winners of the U.S. Tall Wood Building Prize
Competition announced in September 2015 and currently
under
design.
(see
www.tallwoodbuildingcompetition.org)
The Framework site is located on a quarter block in
Portland’s Pearl District. For an architectural rendering
and typical office level floor plan, see Figure 10 and
Figure 11. The mixed-use occupancy building will be 12
stories tall above grade and approximately 140 feet
(42.6m) in height, with a total building area of
approximately 90,000 gross square feet (8360 m2). The
structural gravity and lateral systems are composed
primarily of mass timber, including CLT floor and wall
panels, and glulam beams and columns. When completed,

Figure 11: rame ork roject
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The characteristics of the current Framework project
design include:
 Approximate floor plan dimensions of 100 feet (30.5
m) east-west by 85 feet (25.9 m) north-south
 Five-ply CLT floors supported on glulam beams and
glulam columns
 Lateral force-resisting system of eight CLT posttensioned rocking shear walls
 Diaphragms cantilevering approximately 30 feet (9.1
m) to the north and south of the shear walls in the
central core.
See Figure 12 and Figure 13 for the schematic structural
layout.
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For the Framework diaphragm, the effects of continuity
ties such as drag straps and beams may be significant to
diaphragm behavior and have been included in the
diaphragm model. Where two CLT panels meet over a
glulam beam, the detailing consists of self-tapping screws
from each panel to the beam below with no direct
connection between the panels. To model this condition,
a spring arrangement is modeled as shown in Figure 14.
The springs from the panels to beams are defined to
represent the stiffness of the connection parallel and
perpendicular to the length of the beam.

Figure 12: chematic rame ork roject tructural ayout

Figure 14: C
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Another connection condition not modeled in the FEM
analysis representing the white paper design example
occurs where beams are located under and/or drag straps
are located over CLT panels. In this situation the
connection of the panel to the beam or drag strap is
modeled without breaking the continuity of the CLT
panel. Independent nodes are created at the beam and/or
strap and panel so connectivity between the beam and/or
strap and the panel is only through a discrete connection
zone spring as shown in Figure 15.

Figure 13: chematic rame ork roject C

anel ayout

The schematic diaphragm design of the floor plates
includes two types of panel-to-panel details. Splice Type
A, located at locations with higher force demands, is a lap
joint connected together with self-tapping screws through
both panels. Splice Type B, used at locations of lower
force demands, has a plywood spline recessed into the
upper CLT surface with self-tapping screws through the
spline to both panels similar to the detail in Figure 5. The
typical connections from panel-to-panel are modeled with
springs at the corners as previously discussed and shown
in Figure 6. The panel-to-panel spring stiffness values
used are based on testing performed at the University of
British Columbia [7] with additional test data provided by
MyTiCon Timber Connectors of Surrey, British
Columbia, Canada.

Figure 15: Continuous C

anel-to- eam or rag

o el

At connections between continuous CLT panels and a
beam, the connection spring includes stiffness for the
connection along the length of the beam and
perpendicular to the beam. At connections to only drag
straps, the connection spring only includes stiffness along
the length of the drag strap.
Application of these modeling techniques to the
schematic Framework diaphragm design resulted in 24
different spring types for different connections types and
tributary length of connection zones.
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The Framework project is being designed using
performance-based seismic design with the objective of
having only very localized, economically repairable
damage under a design-level seismic event corresponding
to an earthquake having a return period of 475 years.
Damage is also limited, although to a lesser degree, at the
maximum considered earthquake, approximately
corresponding to an earthquake with a return period of
2,475 years. With these objectives, the diaphragms are
being designed to remain essentially elastic.
Consequently, the loading used to investigate the
diaphragm modeling is not based on code-prescribed
minimum diaphragm loads, but rather the peak floor
accelerations obtained from nonlinear response history
analysis of the rocking wall design. This analysis is being
performed separately by the latter two authors and is not
presented further in this work.
The resulting floor
accelerations used in this study are 93% g in the east-west
direction and 68% g in the north-south Direction and
represent the accelerations at a typical floor. The
diaphragm accelerations at the roof are higher at 103% g
east-west and 82% g north-south but are not presented in
this work.
It is interesting to note that a new alternative diaphragm
design method in ASCE 7-16 has been developed which
includes a method to estimate similar accelerations when
using a seismic force-resisting system recognized by
ASCE/SEI 7-16. The Elastic Design Option is described
in ASCE/SEI 7-16 as “An option where elastic diaphragm
response in the maximum considered earthquake is
targeted.” Assuming a special concrete shear wall seismic
system and calculating the floor accelerations using the
Elastic Design Option of the ASCE 7-16 alternative
diaphragm design method results in peak design floor
acceleration of 82% g and design roof acceleration of 99%
g. While the motivation for this new standard provision
was not for voluntary design beyond code minimums, the
similarities in the design criteria and nonlinear response
history analysis results on this project suggest the new
alternative diaphragm design method may have potential
for application to the design of high-performance
diaphragm systems.
Applying an acceleration load of 93% g in the east-west
direction, results in peak diaphragm deflections of 0.56
inches (14 mm) located at the outer edges of the
cantilever. See Figure 16 for the exaggerated deflection
shape. The peak diaphragm deflection in response to 68%
g loading in the north-south direction is 0.60 inches (15
mm) located along grid 4. See Figure 17. Inspecting the
deflection shapes, one readily notes that connection slip is
a major contributor to the total diaphragm deflection in
both directions of loading.
In the current model, restraints are provided at the location
of each CLT rocking shear wall. In the north-south
direction, the use of a restraint (i.e., an essentially rigid
support) leads to the deflected shape shown in Figure 17.
It should be noted that the use of a more realistic
flexibility for the supports could change the deflected
shape and force distribution.

Figure 16: iaphragm e lection to -

oa

mm scale

Figure 17: iaphragm e lection to -

oa

mm scale

Further refinements of the diaphragm design and analysis
models for the Framework project will continue as the
project nears completion of design (e.g., modeling a
flexible support in lieu of a rigid support at each shear wall
location).

CONCLUSIONS
The goal of this exploration is to exercise modeling and
design approaches for CLT diaphragms in a realistic
building design and share the lessons learned to the
engineering community. Observations from this work
include:
Modeling
 Simple panel deflection models based on equivalent
homogenous models such as the four-term deflection
equation in Spickler et al. [12] are extremely valuable
to the design community and further refinement and
validation of this approach is warranted.
 The discrete panel, lumped connection modeling
approach appears suitably precise for CLT
diaphragm behaviour provided the material and
connection properties are adequately known.

WCTE 2016 e-book | 3820



The discrete panel, lumped connection modeling
approach can be applied to the variety of connection
situations that occur in realistic building designs.
While not trivial in effort, the approach may be
suitable for CLT diaphragms in high-seismic regions
for which homogenous panel deflection models are
not applicable.

Documents, Research and Data available to U.S.
Designers
 Development of additional design guidelines and
examples will be critical to aid designers in becoming
familiar with CLT diaphragm design.
 Continued research on the strength and stiffness of
CLT connections, in their many variations, is
important—as is the synthesis and dissemination of
the results in forms usable by designers and building
officials.
 More consideration of the stiffness perpendicular to
the connections in future panel-to-panel connections
testing would be beneficial to diaphragm design.
 Full-scale and reduced-scale CLT diaphragm system
testing will be of great value to validate diaphragm
design models.
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SEISMIC DESIGN CASES OF CLT BUILDINGS IN JAPAN AFTER 2 14
Hiroshi Watana 1, Tatsuya Miya 2, Ka uyu i Matsumoto3,
Ta ahiro Tsu himoto4, Hiroshi Isoda , Naohito Ka ai and Motoi Yasumura
ABSTRACT: In this paper, the general process and results of the seismic design on four buildings with Japanese CLT
construction after 2014 based on the time history response analysis as the only legal structural design method in Japan at
the present moment, are shown. As a result, it is recognized that the buildings has enough seismic performance for the
regulation of seismic design in Japan.
KEYWORDS: Japanese CLT panel, Seismic Design, Dynamic Analysis

1 INTRODUCTION 123
In Japan, the national research project to investigate proper
structural design method for CLT buildings has been
carrying out since 2013, but is not completed. Until the
general structural design code for CLT buildings is
legislated, the method so called “Ministerial approval route”
where the seismic performance of building is verified

through time history response analysis to obtain the
ministerial approval, is the only legal structural design
method for CLT buildings. The first CLT building in Japan
had been designed and constructed in 2013-2014 [1].
In this paper, outlines of four design cases after 2014 shown
in Figure 1 are introduced.

Case 1

Case 2

Case 3

Case 4

Figure 1:

jecti e uil ings
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plan is rectangular of 8.0m × 12.5m . The total height is
9.995m. Wall CLT panel is 150mm, floor CLT panel is
180mm, any species is a Japan cedar.
In Case3 and Case4, building long side direction and the
short side direction, CLT wall panel is composed of
narrow size panels.

2 COMPOSITION OF STRUCTURES
Table 1 shows outlines of the buildings in each case. Figure
2 shows Plan of 1st floor in each case.
Case1 is a two-story dormitory. The shape of plan is
rectangular of 9.3m × 56.0m . The total height is 7.775m.
Wall CLT panel is 90mm, floor CLT panel is 180mm, any
species is a Japan cedar. CLT wall panels of the building
the long side direction is composed of narrow size panels
and large size panels with opening(s), building the short
side direction is composed of large size panels with non
opening.
Case2 is a two-story seminar house. The shape of plan is
rectangular of 4.55m × 16.0m . The total height is 6.331m.
Wall CLT panel is 150mm, floor CLT panel is 210mm,
any species is a Japan larch. CLT wall panel of building
long-side direction and the short side direction is
composed of large size panels.
In Case1 and Case2, there is a Groundsill between the
CLT wall panel and the foundation
Case3 is a two-story Condominium house. The shape of
plan is rectangular of 8.0m × 12.5m . The total height is
8.250m. Wall CLT panel is 150mm, floor CLT panel is
180mm, any species is a Japan cedar.
Case4 is a three-story Condominium house. The shape of

Figure 3 shows Composition of the CLT construction
each case. In Case1, TC1 and TC2 are tensile connection
of the lag screw bolt and steel box. TC3 and TC4 are
tensile connection of tension bolt and screws with steel
plate. TC1 and TC2 are used in building long side, TC3 and
TC4 are used in building the short side. In TC1, foundation
and steel box are joined with anchor bolts M16 (F =
325Mpa). In TC3, foundation and steel box are joined
with anchor bolts M20 (F = 325Mpa). To ensure the
toughness by using the anchor bolt in TC1 and TC3. SC1SC3 is shear connection of screws with steel plate. SC2
and SC3 is jointed only on one side of the wall panel and
the hanging wall panel.
In Case2, TC5 and TC6 are tensile connection of tension
bolt and screws with steel plate. To ensure the toughness by
using the anchor bolt (F = 325Mpa) in TC5. SC4 and SC5
are shear connection of screws with steel plate. SC5 is
joined only on one side of the wall panel.

Table1 : utline o cases
Case

Building use

Story

Shape of plan

1

Dormitory

2

9.3m×56.0m

Total
floor area

Height

Gross

Thickness

Thickness

weight

of wall

of floor

723.60m2

7.775m

2955.3kN

90mm

180mm

2

Species
Japanese cedar

Seminar house

2

4.55m×16.0m

143.50m

6.331m

617.4kN

150mm

210mm

Japanese larch

3

Condominium house

2

8.0m×12.5m

255.78m2

8.250m

990.8kN

150mm

180mm

Japanese cedar

4

Condominium house

3

8.0m×12.5m

555.02m2

9.995m

1468.7kN

150mm

180mm

Japanese cedar

9,300mm

2

56,000mm
a) Case1

16,000mm
b) Case2
Figure 2

lan o

st

loor

8,000mm

4,550mm

Without interior finishing

12,500mm
c) Case3,Case4
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In Case3 and Case4 , TC7 is tensile connection by the
anchor bolt (F = 325Mpa), to ensure the toughness in this
part. TC8 and TC9 are tensile connection by the tension
bolt (F = 900Mpa). SC3, SC5 and SC6 is shear connection

of screws with steel plate. SC3 is joined both sides of the
wall panels.SC6 is joined only on one side of the wall panel
and the hanging wall panel.

[SC3]
[TC2]

[TC6]

[TC4] [SC2]

[SC5]

[SC7]

[SC4]

[SC6]

[TC8]

[SC3]
[TC1]

[TC3]

Long side

[TC5]
[SC1]

[TC7]

[TC9]

Short side

a) Case1

b) Case2

Lag-screw-bolt
φ29.6

Groundsill

Lag-screw-bolt
φ29.6

Anchor bolt M16

[TC1] wall-foundation
(Anchor bolt, steel box and
Lag-screw-bolt)

c) Case3(Case4)

[TC2] wall-wall
(Lag-screw-bolt and steel box)

Anchor bolt M20

[TC3] wall-foundation
(Anchor bolt and screws
with steel plate )

Tension bolt
M20

[TC4] wall-wall
(Tension bolt and screws
with steel plate )

Anchor bolt M24

Groundsill
Anchor bolt M20

[TC5] wall-foundation
(Anchor bolt and screws
with steel plate )

Tension bolt
M20

Tension bolt M24

[TC6] wall-wall
(Tension bolt and screws
with steel plate )

[TC7] wall-foundation
(Anchor bolt)

[TC8] wall-wall
(Tension bolt)

[TC9] wall-hanging wall
(Tension bolt)

[SC1] wall-foundation
(screws with steel plate)

[SC2] wall-floor
(screws with steel plate)

[SC3] wall-hanging wall
(screws with steel plate)

[SC4] wall-foundation
(screws with steel plate)

[SC5] wall-floor
(screws with steel plate)

Tension bolt M16 ×2

[TC8] wall-wall

Figure 3: Composition o the C

construction

[SC6] wall-foundation
(screws with steel plate)

[SC7] wall-floor
(screws with steel plate)

WCTE 2016 e-book | 3824

3 PROCEDURE OF SEISMIC DESIGN
As mentioned below and shown in Figure 4, the seismic
design was processed under the procedure according to
the regulation of “Approval route” ruled in the building
standard low (“BSL” in the followings) in Japan.
Step 1 (static analysis); For the load incremental analysis
(“static analysis” in the followings), the structure was
transformed into 3-dimensional FEM model where CLT
panels and connections were expressed each as the shell
elements and the spring elements. The mechanical
properties of these elements were set based on the past
knowledge on estimation of the mechanical properties of
CLT panel and the test results. In the static analysis,
lateral force distribution was set in accordance with i
distribution rules in BSL.
Step 2 (dynamic analysis); For the time history response
analysis (“dynamic analysis” in the followings), the
structure was transformed into 2-mass model (In Case4,3mass model). The load-deformation properties of each
story were set based on results of the static analysis. The
seismic motions were amplified to make their maximum
velocity 25kine for Level 1 and 50kine for Level 2 which
corresponded each to moderate and large earthquake.
Step 3 (stress for Level 1, 2 motions); Stress of the shell
elements and the spring elements from the static analysis
when the maximum story drift angle was 1/150rad and
1/75rad were each regarded as the stress for Level 1, 2.
Step 4 (verification of story drift and stress); The maximum
story drift angle from the dynamic analyses and stress of
the elements from the static analysis were examined
according to Table 2. The allowable stress and the ultimate
strength were set based also on the test results.
In tensile connections between the wall and the foundation,
ductility factor at the level 2 is confirmed to be 4.0 or less.
Table 2 Design criteria
Seismic

Story drift

motion

angle

Level 1

≤ 1/150

≤ allowable stress

Level 2

≤ 1/75

≤ ultimate strength

Stress

4 STRUCTURAL MODEL
4.1 CLT PANELS
In the static analysis, CLT panels were modelled as the
anisotropic shell elements. Their elasticity and strength

y
ry

rx x

Figure 5: e inition o

z

irections o C

6000

1F

Stress on the maximum
deformation

4000
2F

2000

Step 1: Static analysis

0

R=1/50rad
0

2
Ralati

Figure 4: rocess o the seismic esign

4
6
8
10
dis la m nt m

3

Step 4: Verification
ELC25(L1)
HAC25(L1)
TAFT25(L1)
ELC50(L2)
HAC50(L2)
TAFT50(L2)

2

Stoty

N

Hysteretic model

panel

In Case1-Case4 , Lamina thickness was 30 mm, lamina
width was about 110-130mm. The upper limit of plane
size of CLT panels from the production capacity was 6.0m
in the length, 2.7m in the width.
Figure 6 shows layer compostion of CLT panel. In the
japanese cedar CLT panel with a thickness of 90mm,
MOE of planks was controlled as average 6.0GPa for
surface layer and inner layer. In the japanese cedar CLT
panel with a thickness of 150mm and 180mm, MOE of
planks was controlled as average 6.0GPa for surface layer,
as average 3.0GPa for inner layer. Planks were added to
the lower surface of 5-ply panels in the longitudinal
direction to make 6-ply panels.
In the japanese larch CLT panel with a thickness of
150mm, MOE of planks was controlled as average
9.0GPa for surface layer, as average 6.0GPa for inner
layer. In the japanese larch CLT panel with a thickness of
210mm, MOE of planks was controlled as average
9.0GPa for surface layer, as average 3.0GPa for inner
layer.

Step 3: Stress for Level 1, 2

8000

Story Sh ar or

were calculated based on the method below. The
properness of the method had been conformed from the
tests carried out under the projects held by MILIT and the
Forestry Agency. First, the direction was defined as
shown in Figure 5. Longitudinal direction and lateral
direction of surface planks were defined each as “x”, “y”.
Direction of thickness of CLT panel was defined as “z”.
Rotational directions around x-axis and y-axis were
defined each as “rx”, “ry”. The layers where longitudinal
direction of planks was set in y-axis and “x-axis” are each
called “parallel layer” and “cross layer” in the followings

Load-deformation properties
of each story

1
0

Step 2: Dynamic analysis

R=1/150

R=1/75

0
0.005
0.01
0.015
Ma r s ons story dri t an l rad
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90mm

150mm

wall・lintel[Japanese ceder]
(in Case1)

wall・lintel[Japanese cedar]
(in Case3,4)

150mm

wall・lintel[Japanese larch]
(in Case2)

4.2 MECHANICAL PROPERTY OF SPRING
ELEMENTS
Mechanical properties of the spring were set based on the
test results[2]. In this paper, elemental tests of Case1 are
shown. Figure 7 shows force application schematic
diagram of elemental test in Case1. Elemental test were
carried out at monotonic loading. Figure 8 shows forcedeformation relationship of elemental tast and static

180mm

floor・roof[Japanese cedar]
(in Case1,3,4)

Japanese
cedar(90mm)

MOE=9.0GPa
MOE=6.0GPa
210mm

Japanese
cedar(90mm)

MOE=3.0GPa
parallel layer

floor・roof[Japanese larch]
(in Case2)

370

380

130

panel

90m
150mm

Japanese cedar
Japanese cedar
Japanese larch
Japanese cedar
Japanese larch

180mm
210mm

Groundsill

2000
1900
2400
4907
5948

y

4000
3850
4800
361
866

y

308
296
369
269
264

y

123
121
153
99
100

154
49
62
26
53

190

190

Screws with steel plates(U-type)
[SC1]
Japanese
cedar(180mm)
Japanese
cedar(90mm)

90m
150mm

Japanese cedar
Japanese cedar
Japanese larch
Japanese cedar
Japanese larch

180mm
210mm

Stress amplifications of shell elements
3.000
2.500
2.500
1.368
1.513

Table 5: ltimate strength o C
Type of stress
Translational (in-plane)
Translational (out-of-plane)
Shear (in-plane)
Shear (out-of-plane)
Compressive buckling

y

1.500
1.883
1.875
4.154
2.475

y

1.000
1.000
1.000
1.000
1.000

y

1.385
1.216
1.267
1.339
1.235

4.500
2.308
2.308
2.769
1.803

250

Species

Japanese
cedar(90mm)

Elasticity of shell elements(N/mm2)

Table 4: tress ampli ications o shell elements
Thickness

120

Lag-screw-bolt and Tension bolt and screws
steel box[TC1][TC2] with steel plates(U-type)
[TC3][TC4]

250

Species

110

100

Table 3: lasticty o shell elements elements
Thickness

100

160

As result, the elasticity of the shell elements and the stress
amplifications were set as shown in Table 3, 4. In general
FEM, translational MOE and rotational MOE can’t be set
together for shell element. Therefore the translational
MOEs and amplifications were applied for the vertical
plane, and the rotational MOEs and amplifications were
applied for the horizontal plane, based on the consideration
that the vertical plane and the horizontal plane mainly
resisted each in-plane loads and out-of-plane loads.
And the ultimate strength of CLT panel (in seismic
design) was set as shown in Table 5 based on the standard
strength of planks ruled in the Japan Agriculture Standard
of the CLT.

160

irections o C

120

Figure 6: e inition o

cross layer

panel in seismic esign

Ultimate Strength(N/mm2)
Japanese cedar
Japanese larch
12.00
15.50
12.00
15.50
2.70
3.60
1.20
3.60
3.32
11.48

70

70

Screws with steel plates(L-type)
[SC2]
Figure 7: lement test

er ie
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100

50
Elemental test
Static skelton

0
0
150

1

2
3
4
Deformation[cm]

5

Tension bolt and screws with
steel plates(U-type) [TC3,TC4]

100

50
Elemental test
Static skelton

0
0

6
150

Screws with steel plates (U-type)
[SC1]

Shear force[kN]

100

1

2
3
4
Deformation[cm]

5

6

Screws with steel plates (L-type)
[SC1]

Figure 10 shows the story shear versus story drift relations
for static analysis of the horizontal load with Ai
distribution rules in BSL. In this figure, story shear versus
drift angle relations in the same step of 1/150rad and
1/75rad shows lozenge and triangle marks, respectively.
The 1st story shear at the time of each of the story drift
angle is the largest was Case1.In Case1, base shear
coefficient (“CB” in the followings) of at 1/150rad was
0.67,CB of at 1/75rad was 1.14. In Case2, CB of at
1/150rad was 0.53,CB of at 1/75rad was 0.97. In Case3,
CB of at 1/150rad was 0.55,CB of at 1/75rad was 0.97. In
Case4, CB of at 1/150rad was 0.53,CB of at 1/75rad was
0.92. In addition, the second story of the story drift angle
in all of Case was most larger trend.
5000

100

50
Elemental test
Static skelton

0
0

1

2
3
4
Deformation[cm]

5

Story Shear[kN]

Shear force[kN]

150

Lag-screw-bolt and steel box [TC1,TC2]
Axial force[kN]

Axial force[kN]

150

.1 STATIC ANALYSIS

50
Elemental test
Static skelton

0
6

0

1

2
3
4
Deformation[cm]

5

6

wall－foundation[TC1]
wall－foundation[TC3]
wall－wall[TC2]
wall－wall[TC4]

150

100

wall－foundation[SC1]
wall－floor[SC2]
wall－lintel[SC3]

250
200

150
100

50

0

1
2
3
4
Axial displacement [cm]

0

1
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.2 DYNAMIC ANALYSIS

300

Tension-Spring

2nd story

1000

2500

1500

2000

0

0

5

1977kN
(CB=0.67)

3000

0

50

0

4000

0

Story Shear[kN]

Tension-Spring

Shear-Spring

Shear force[kN]

Axial force[kN]

300

3362kN 1st story
(CB=1.14)

0

Figure 8: orce- e ormation relationship o elemental test an
static skeleton
200

Case1

Story Shear[kN]

properties ware Bilinear type bend anchor bolt lower limit
strength to ensure the toughness.

ESULTS OF STATIC ANALYSIS AND
DYNAMIC ANALYSIS

Story Shear[kN]

skeleton. Static skelepton was set to be the average
mechanical properties of each element experiment.
Figure 9 shows mechanical properties of the tensionspring and shear-spring in each Case. In connection of
screw with steel plate, the strength was adjusted according
to the screw number. For tensile connections between the
wall and the foundation (TC1,TC3,TC6,TC7), mechanical

wall－foundation[TC6]
wall－floor[TC7]
wall－lintel[TC8]

50
0

0

1

2
3
4
displacement[cm]

c Case
Figure 9: echanical properties o the tension-spring an
shear-spring

5

Figure 11 shows the acceleration response spectrum for
the examined earthquake ground motions. The earthquake
ground motion records for dynamic analysis were NS
component of the 1940 EL Centro, EW component of the
1952 Taft, NS component of the 1968 Hachinohe
harbor ,and NS component of the 1995 Kobe Marine
Observatory record of Japan Meteorological Agency. The
earthquake ground motions were normalized to make
their maximum velocity 25kine for Level 1 and 50kine for
Level 2.
Figure 12 shows the maximum response story drift angle
for dynamic analysis. In this figure, the maximum
response story drift angle was 1/150rad or less for Level
1 and 1/75rad or less for Level 2. In Case1, maximum
response story drift angle (“Rmax” in the followings) was
1/197rad at level 1, and 1/97rad at level2 (NS component
of the 1968 Hachinohe harbor). In Case2, Rmax was
1/195rad at level 1, and 1/100rad at level2 (NS component
of the 1940 EL Centro). In Case3, Rmax was 1/172rad at
level 1, and 1/89rad at level2 (EW component of the 1952
Taft). In Case4, Rmax was 1/168rad at level 1, and 1/77rad
at level2 (NS component of the 1995 Kobe).
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strength was 0.96 or less. Figure14 shows the axial load
versus deformation relations and the shear force versus
deformation relations, respectively. In these figures, the
ratio of the maximum stress of the spring elements on
Level 1 to the allowable stress was 0.81 or less (SC2), and
the ratio of Level 2 to the ultimate strength was 0.79 or
less (SC2). Maximum ductility factor in at level 2 of the
tensile connection was 3.86.
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Figure 11：Acceleration response spectrum
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.3 RESULTS OF VERIFICATION
Figure13 shows the stress contour of 3-dimension FEM
model for Level 2 and maximum unit stress at level 1 and
level 2 in each direction. In this figure, the maximum unit
stresses of CLT panel were 3.89MPa for level 1 (Vertical
unit stress) and 7.68MPa (Vertical unit stress) for level 2.
The ratio of the maximum stress of the shell elements on
Level 1 to the allowable stress for short-term loading was
0.78 or less, and the ratio of Level 2 to the ultimate
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Figure 12：Maximum response story drift angle(Short side)
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Figure 13：Verification result of CLT panel (Case1)

100

50
[Level 1]
N/Na=28.74/51.03=0.56≦
≦1.0

0
0

1
2
3
Axial desplacement[cm]

4

[Level 2]
Ductility factor
δ/δy=0.85/0.22=3.86≦
≦4.0

100

50

[Level 1]
≦1.0
N/Na=54.53/79.63=0.68≦

SC1

100

0

1
2
3
Axial displacement [cm]

4

SC2
[Level 2]
Q/Qu=68.52/88.91=0.77≦
≦1.0

100

50
[Level 1]
Q/sQa=34.61/52.48=0.66≦
≦1.0

0

0

150

[Level 2]
Q/Qu=70.61/89.86=0.79≦
≦1.0

Shear force[kN]

[Level 2]
Ductility factor
δ/δy=0.80/0.27=2.96≦
≦4.0

150

TC3

Shear force[kN]

150

TC1

Axial force[kN]

Axial force[kN]

150

0

1
2
3
Displacement[cm]

4

50
[Level 1]
≦1.0
Q/sQa=42.80/52.82=0.81≦

0
0

1
2
3
Displacement[cm]

4

Qu：Ultimate strength ,sNa,sQa：Allowable strength for short-term loading, δy：Yield displacement

Figure 14：Verification result of spring (Case1)

WCTE 2016 e-book | 3828

RESULTS OF VERIFICATION
In this paper, four seismic design cases of CLT building in
Japan ware shown. CLT building was possible to design
using a variety of tensile connections (“Lag-screw-bolt and
steel box”, “screws with steel plates” and “tension bolt”)
and shear connection (“screws with plates”).
In static analysis of each case, CB of level1 was about 0.5,
CB of level2 was about 1.0.
In dynamic analysis of each case, the second story of the
story drift angle was most larger trend. At level1,
minmum response story drift angle of second story was
1/297rad, maximum response story drift angle of second
story was 1/168rad. At level2, minmum response story
drift angle of second story was 1/132rad, maximum
response story drift angle of second story was 1/177rad.
In Case1, vertical unit stress of leg part of CLT wall panel
was the largest. In addition, ductility factor of tensile
connection between the wall and the foundation was 3.86
at the maximum.
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FIRE SAFETY ENGINEERING – OPPORTUNITIES AND CHALLENGES
FOR TIMBER BUILDINGS
Birgit Östman1, Daniel Brandon2
ABSTRACT: The combustibility of timber is one of the main reasons that many building regulations strictly limit the
use of timber as a building material. Fire safety is an important contribution to feeling safe, and an important criterion
for the choice of building materials. The main precondition for an increased use of timber in buildings is adequate fire
safety. This paper reviews the opportunities and challenges to reach this goal by implementing Fire Safety Engineering
and Performance Based Design principles.
KEYWORDS: Fire Safety Engineering, Life safety, Property loss prevention, Performance Based Design

1 INTRODUCTION 123
Timber structures have experienced a renaissance during
the recent few decades due to their environmental
credentials, and societal goals striving for sustainable
development with lower energy demands and less
pollution in all sectors including the construction sector
that stands for a major part of the overall community
economy.
However, the combustibility of timber still limits its use
as a building material by restrictions in building
regulations in most countries, especially for higher and
larger buildings. Several research projects on the fire
behaviour of timber structures have recently been
conducted world-wide aimed at providing basic data on
the safe use of timber. Novel fire design concepts and
models have been developed, based on extensive testing.
The current improved knowledge in the area of fire
design of timber structures, combined with technical
measures, particularly sprinkler systems, and wellequipped fire services, allow the safe use of timber in a
wide field of applications. The results have been
relaxations introduced during recent years, especially in
Europe.
Overall, the research and basic understanding of timber
structures in fire is limited compared to traditional
building materials, since large timber structures have
been forbidden for a long time. The developed design
concepts and models are mostly limited to standard timetemperature exposure. The need for further studies of the
fire behaviour of timber structures is therefore large, in
particular with regard to the global structural behaviour
of realistic buildings exposed to natural fires.
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1.1 NATIONAL DIFFERENCES
Fire test and classification methods have been
harmonised in Europe, but regulatory requirements
remain on national bases. Although the European
standards exist on the technical level, fire safety is
governed by national legislation, and is thus on the
political level. National fire regulations therefore remain,
but new principles for Fire Safety Engineering create
opportunities and challenges for harmonised views.
Major differences between European countries have
been identified, both in terms of number of storeys
permitted and of visible wood surfaces in interior and
exterior applications [1, 2], see Figure 1.
Several countries have no specific regulations, or do not
limit the number of storeys in timber buildings.
However, a maximum of eight storeys is often used as a
practical and economic limit for timber structures. This
limit may be higher for facades, linings and floorings,
since these applications may also be used in, for
example, concrete structures.
Wall and ceiling linings in flats without sprinklers

Load-bearing structure without sprinklers
Maximum number of storeys in timber

Surface linings of ordinary wood

2006

2006

5 storeys

5 storeys

3-4 storeys

3-4 storeys

2 storeys
(incl. 0)
No information

2 storeys
(incl. 0)
No information

Figure 1: Restricted use of timber structures and visible
wood set by national prescriptive regulations [1, 2].
Dark colours indicate that ≥ 5 storeys are allowed.
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1.2 RECENT STUDIES
1.2.1 European guideline
The very first European guideline on Fire Safety in
Timber buildings [1] was produced by a multi-national
team. This comprehensive 200 page document gives the
background and design methods for designing timber
buildings to have similar fire safety to buildings of other
materials. The guideline refers mainly to fulfilling
requirements according to the European system for fire
safety in buildings, but the basic principles are all
applicable world-wide.
This guideline has chapters on fire safety objectives,
wood products as linings, flooring and facades, fire
stops, service installations and active fire protection.
Advanced calculation methods are provided for both
separating timber structures and load-bearing timber
structures with and without layers of gypsum board
protection. Performance-based fire design is discussed
with reference to methods of quantitative risk
assessment.
1.2.2 North American review
The Fire Protection Research Foundation [3] has
published an extensive literature review and case studies
of modern timber buildings around the world. It includes
a
comprehensive
gap
analysis,
leading
to
recommendations for future research and testing:

Fire testing of new and innovative timber and
hybrid solutions

Full-scale fire testing of mock up tall timber frames

Natural fire testing in full-scale tall timber frames

Economic analysis to quantify construction,
operation and costs of tall timber buildings

Emphasis on effective risk communication and
education.
A phase 2 of this project is ongoing with the goal to
quantify the contribution of Cross Laminated Timber
(CLT) building elements in compartment fires and
evaluate the relative performance of CLT systems
compared to other buildings systems commonly used in
tall buildings.
1.2.3 Canadian guide
FPInnovations has published a technical guide for the
design of tall wood buildings [4]. The fire chapter covers
much of the same material from a Canadian perspective.
It is strongly related to the objective-based National
Building Code of Canada (NBCC), with attention on
providing an “alternative design” which meets the
minimum fire performance implied by the “acceptable
solution” of the prescriptive Division B of the NBCC.
Unfortunately, this concentration draws attention away
from the basic principles of fire safety design.
The guide gives recent examples of heavy timber
construction in Canada, with useful sections on the fire
resistance of penetrations and concealed spaces, façade
spread, and a summary of fire risk assessment methods.
The guide promotes “complete encapsulation” of wood
to provide fire safety equivalent to non-combustible steel
or concrete construction.

1.2.4 International document
The International Association for Bridge and Structural
Engineering (IABSE) has published a Structural
Engineering Document (SED) on the Use of Timber in
Tall Multi-Storey Buildings [5]. The document addresses
a reawakening of interest in timber products as primary
construction materials for relatively tall, multi-storey
buildings. Emphasis is on the holistic addressing of
various issues related to performance-based design of
completed systems, reflecting that major gaps in
knowhow relate to design concepts rather than technical
information about timber as a material.
Special consideration is given to structural and durability
aspects for attaining desired building performance over
lifespans that can be centuries long. It includes fire
safety concepts for tall buildings, based on the scenario
that occupants located in upper parts of buildings cannot
leave during fires, and fires cannot be extinguished.
Based on this scenario, fire requirements for building
elements are formulated as:
 Separating elements shall be designed to sustain a
full burnout
 Load-bearing building elements shall be designed to
prevent their structural collapse during full burnout.
1.2.5 NIST White paper
A white paper focussing on the fire resistance of timber
structures [6] has been published. It attempts to define a
Performance-Based framework for the fire safety design
of multi-storey timber buildings. The report concentrates
on medium-rise multi-storey timber buildings from 3 to
10 storeys, which are likely to be most popular and
technical feasible. It concentrates on “mass timber”
buildings, constructed from large timber posts and beams
and large wood panel construction using cross-laminated
timber (CLT) or other heavy timber panels and on the
fire resistance of those elements and assemblies.
External fire spread via building facades and windows is
partly included, since wooden façade claddings are
considered by many architects to be an essential feature
of timber buildings, at least up to 8-10 storeys.
Automatic fire sprinkler systems are discussed briefly,
since the combination of active and passive fire
protection is considered to be an important way to
provide fire safety for tall timber buildings.
1.2.6 Case study for Tall Wood Buildings
Possible designs of 10, 20 and 30 storey timber buildings
is published in the feasibility study [7]. The study covers
many important aspects of fire safety, but falls short of a
clear strategy to meet all the Canadian Code
requirements, especially for very tall buildings.
The main thrust for fire safety design is to design in such
a way that the timber building can be equivalent to noncombustible construction; that is to achieve “an equal
level of performance to that outlined in the acceptable
solutions to the Building Code”. This is to be achieved
with reliance on sprinkler systems, together with the
predictable charring rate of heavy timber, and
encapsulation where necessary.
The study does not suggest designing for complete
burnout of a fire compartment. It covers the possibility
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of sprinkler failure by providing a 2-hour fire resistance
rating to critical structural elements. In extreme events it
is expected that “fire department resources would be
dispatched and able to suppress the fire condition before
the 2-hour fire duration is achieved.” It does not
adequately cover the case of a post-earthquake fire
where the fire-fighting services may be unavailable,
other than saying that more research is needed on builtin fire protection systems and their reliability in postearthquake fire scenarios.
1.2.7 Case study on Timber Tower
Another feasibility study for a 42 storey timber building
in Chicago [8] is based on an existing reinforced
concrete tower of the same size. Fire safety is addressed
with broad principles but no details. It blithely states that
“fire burnout time should be considered” and “fire
cannot be allowed to jump between floors”. It also
recommends “flammability tests … to verify that fires
will self extinguish”. Unfortunately this study does not
provide much confidence regarding occupant safety in a
42 storey timber building in the event of an unwanted
fire, especially if the sprinklers do not work for any
reason.

2 FIRE SAFETY ENGINEERING - FSE
Fire Safety Engineering and performance based design
create opportunities and challenges for harmonised
views on timber buildings. A performance-based
approach to fire safety design relies on the use of fire
engineering principles, calculations and/or appropriate
modelling tools to satisfy building regulations. Instead of
prescribing exactly which protective measures are
required, it is the required performance of the overall
system that is presented against a specified set of design
objectives.
The main principle in applying performance-based
requirements is that the building shall be designed and
executed on the basis of design fire scenarios, which
must cover the conditions which are likely to occur in
the building. The following objectives must be shown to
be fulfilled:
• Load-bearing capacity must be maintained for a
minimum period of time
• Generation and spread of fire must be limited
• Fire spread to neighbouring buildings must be limited
• Occupants must be able to leave the building
• The safety of rescue teams must be considered.
This leads to the need for defining criteria to satisfy life
safety objectives (safety of occupants and rescue teams)
and criteria for loss prevention.
National building regulations may define performance
criteria to be applied in structural fire safety engineering
design, such as:
 A building of more than two storeys must not
collapse during the fire or cooling phase, or
 A building of not more than two storeys must not
collapse during the period of time required for
securing evacuation, rescue operations and
controlling the fire.

Performance-based regulations and standards have long
been proven an effective way to facilitate innovation. A
Nordic system was developed already in the 90-ties [9]
and international standards are available [10]. However,
several necessary elements are needed to ensure a
creative yet robust environment. Unlike prescriptive
regulation, performance based regulations do not specify
how to achieve fire safety, thus allowing a variety of
different possible solutions. New verification methods
exist and new research provides a common basis for the
implementation of innovative methods. In order to
develop a more practical approach for FSE, Nordic
standards are being developed [11] to facilitate
innovation, freedom of trade but also consistency.

3 PERFORMANCE BASED DESIGN PBD
3.1 STRATEGY FOR FIRE SAFETY DESIGN
Performance based design is becoming the long-term
objective of code-writers and designers, not only for fire
safety. In simple terms this means designing to a target
level of performance rather than simply meeting the
requirements of a prescriptive building code.
The actual specification and adoption of performance
based design is very different in various countries,
depending on the national fire code environment. PBD
for fire safety can mean many different things. For
example, any of these could be called PBD:
• Providing the code-specified levels of fire resistance.
• Providing the same level of fire safety as the
prescriptive code requirements.
• Providing a fire safety equivalent to a codecomplying steel or concrete structure.
• Providing specific levels of fire performance, such as
meeting a specified time for escape and fire-fighting.
• Providing fire resistance to a complete burnout in the
absence of fire-fighting.
All of these can be specified either on a deterministic
basis, or a probabilistic basis using quantified risk
assessment tools. Most structural design codes (for nonfire conditions) use a semi-probabilistic approach to
provide a design that meets a target failure probability,
which could be extended to design for fire safety. Fullscale structural fire risk assessment is still in its infancy,
so more research in this area is required.
A clear definition of performance based fire design is
needed, as this will be of great benefit to code-writers
and building designers. Ideally this should have the same
basic philosophy for all building materials in all
jurisdictions.
3.2 LIFE SAFETY OBJECTIVES
The over-riding objective of fire engineers is to ensure
life safety (occupants and fire fighters). This is achieved
either by allowing people to escape, or by protecting
them in-place with guaranteed containment of the fire
and prevention of structural collapse.
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3.2.1 Building height
Building height is critical. For low-rise buildings life
safety can be achieved by ensuring that all occupants
have time to escape the building. Once everyone has
escaped, it may be acceptable to allow a building to burn
to the ground, depending on the size and value of the
building and its contents.
Escape cannot be relied on for tall buildings with many
people living or working above the fire floor. For
buildings up to about 8 storeys (the maximum achievable
height of fire-fighting ladders) there is a possibility of
fire-fighting and rescue via ladders, but both become
very difficult as building height increases above 3 or 4
storeys.
The taller the building, the greater the possibility of a
fire occurring on an upper floor and people being
trapped above the fire floor - a potentially disastrous
combination. Tall buildings require a long escape time,
and they have slow internal access for fire fighters. It is
likely that full encapsulation may be required in order to
meet the performance requirements for timber buildings
taller than about 8 storeys.
If people are to remain safe in tall buildings, it is
essential to contain the fire, and prevent structural
collapse. If the fire is above the height of fire-fighting
ladders, there needs to be total reliance on fire resistance
for a complete burnout. There is also danger of vertical
fire spread via windows, that is not addressed in this
paper.
3.2.2 Performance statements related to building
height
Combining the points above, it is suggested that rational
performance requirements for all tall buildings should be
related to the height of the building. The performance
requirements will increase with the height of the
building. In the most general form, for timber buildings,
the requirements might be based on this type of
hierarchy:
Table 1: Possible hierarchy of requirements
Possible
design
Possible level of specified
strategy for
performance
timber
elements
Escape of occupants with
Low-rise
No
no assistance
buildings
encapsulation
No property protection
Escape of occupants with
Mid-rise
No
no assistance
buildings
encapsulation
Some property protection
Escape with firefighter
Taller
assistance
Limited
buildings Burnout with some
encapsulation
firefighting intervention
Protect occupants in place Complete
Very tall
Complete burnout with no encapsulation
buildings
intervention
The definitions of building height need work, and may
be different in different jurisdictions. In all cases, active

fire-safety precautions like sprinklers will help to reduce
the risk of serious damage, supplemented by on-site
water storage in special cases. The level of safety may
need to be assessed by a probabilistic fire risk
assessment, especially for very large or very tall
buildings. For the very tall buildings, the performance
statement might be [16]:
“Very tall buildings shall be designed in such a way that
there is a very low probability of fire spread to upper
floors and a very low probability of structural collapse,
at any time during a fire regardless of whether or not the
fire can be controlled by fire-fighting services and/or
suppression systems”.
3.3 MINIMISING PROPERTY LOSS
Property losses are often not included in national
building regulations, since the main focus is life safety.
However, insurance companies have been increasingly
interested in this topic during recent years, since they
have insufficient information of property losses in larger
and taller timber buildings and limited technical
expertise. They therefore fear both larger property losses
and water damages in timber buildings. The risk for
property losses increases with the size of the building.
Strategies to verify loss prevention measures need to be
developed.
Property losses are out of scope for this paper, but
should be handled separately, preferably by careful risk
and cost benefit analysis, leading to additional
performance requirements.
3.4 ESTABLISING DESIGN LEVEL OF FIRE
RESISTANCE
Once the performance requirements have been
established, it becomes necessary to provide an
appropriate level of fire resistance. Four criteria have
been defined [6] for determining the level of fire
resistance, depending on the size and importance of the
building:
• Time for occupants to escape from the building
• Time for fire-fighters to carry out rescue activities
• Time for fire-fighters to surround and contain the fire
• A complete burnout of the fire compartment with no
fire-fighter intervention.
For very tall or important buildings, the design strategy
must be a design for complete burnout of the fire
compartment, with no spread of fire to other parts of the
building. Design methods (and codification of design
methods) for burnout are not well advanced. Some
national building codes allow buildings to be provided
with levels of fire resistance which would allow failure
of the building before complete burnout occurs. For very
tall buildings, this could lead to the possibility of some
disastrous fires in the future, although the probability is
very low if other precautions such as automatic
sprinklers are provided.
3.4.1 Design for burnout
The most common way of designing for burnout is to use
a time-equivalent formula to estimate the equivalent fire
severity (exposure to a standard fire) for the complete
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process of an uncontrolled fire from ignition through fire
growth, flashover, burning period and decay to final
extinguishment. Such time-equivalent formulae assume
that the fire severity is a function of the fire load, the
available ventilation, and the thermal properties of the
surrounding materials of the fire compartment. These
values should be determined on a probabilistic basis,
with higher safety factors for increasingly tall buildings.
The requirement of safety equivalence has some
problems, especially when requiring the equivalence of
performance based design approaches to prescriptive
design criteria. The reason is that the safety level of
prescriptive approaches depends on building properties
and varies for different buildings.
More research is required to assess the applicability of
current time-equivalent formulae for use in multi-storey
timber buildings. The fire severity, hence the timeequivalent formula, will depend on whether the wood
structure has no protection, limited encapsulation or
complete encapsulation.

4 CURRENT STATE OF THE ART
4.1 PRESCRIPTIVE REQUIREMENTS
Fulfilling prescriptive requirements on fire resistance
and reaction to fire performance in national building
codes is easy, either by known performance e.g. in [1],
by fire testing according to established standards or by
calculating according to design codes e.g. [12].
4.2 MODELLING
Modern structural design methods require the use of
sophisticated computer modelling to predict the actions
from applied loads or fire exposure, and to predict the
capacity of structures and structural members to resist
those actions. Large scale or small scale experiments are
necessary to calibrate and verify computer models.
The main components of such a model are shown in
Figure 2 [6]. As with all structural materials, any
advanced modelling of the fire resistance of timber
structures must include both thermal modelling and
structural modelling, integrated as far as possible, but all
is dependent on an accurate fire model.
4.2.1 Fire model
An accurate fire model is a fundamental part of firestructure modelling. Accurate models are still not
available for post-flashover fires in non-combustible
compartments. There is even less accuracy for
compartments with combustible structural materials
available. More work is proceeding, and any new models
will need to be verified with large-scale tests.
VTT has published a report [13] on design fires
appropriate for use in Fire Safety Engineering design in
general and thus applicable also for buildings with wood.
The initial fire growth is quantified using heat release
rates which are dependent on the usage of the building.
Assessment of fire growth and spread is based on the
capability of the FDS fire simulator to make
conservative estimations of how rapidly and how large a
fire may grow within a given space. Existing fire models
need to be expanded to include changes in ventilation

conditions as the fire grows, and travelling fires in large
spaces. For timber structures, they also need to include
the contribution of combustible building materials.
Fixed input items:
Use of the building
Room geometry
Available fuel
Wall insulation

Input items which may
change during the fire:

Fire temperatures

Materials
Member
geometry
Insulation

Size and location of fire

THERMAL
MODEL

Charring/spalling

Structural
geometry
Construction
type
Connections
Applied loads

Active systems
Ventilation

FIRE
MODEL

Thermal
properties
Applied
fire

Thermal gradients

STRUCTURAL
MODEL

Deformations
Stresses
Load capacity
Collapse time

Mechanical
properties
Adhesion,
bond
Structural
restraint

Figure 2: Flow chart for predicting structural fire
performance [6]
4.2.2 Thermal model
The thermal model is essential for timber structures
exposed to fires, because this is the model which predicts
the rate of charring as a function of fire exposure. This is
relatively easy for large elements of timber exposed to
the standard time-temperature exposure because many
tests have shown predictable charring rates for different
types of wood products and wood species exposed
directly to standard fires. For initially protected timber
elements, different charring rates should be applied
during different phases of fire exposure, before and after
falling off of the protective boards [12]. The predictable
behaviour of heavy timber in fires allows simple excel
calculations based on charring rate to predict the fire
resistance of most structural timber elements such as
beams, columns, walls and floors. However this is much
more complicated for non-standard fire exposure, and for
timber structures which are fully or partially protected
with other materials. The thermal model needs to allow
for the decay phase of the fire, and the possibility or not
of self-extinguishment after the available fuel is
consumed.
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4.2.3 Structural model
Wood structures are generally easier to structurally
model than steel or concrete structures because of the
low conductivity of wood and the lack of significant
thermal expansion. The heat-affected layer below the
char layer is generally very thin (~20-40 mm) so that the
structural performance of the wood below this layer is
essentially the same as wood at ambient temperatures.
Advanced FEM methods are not often required because
the simple calculations based on charring are sufficiently
accurate.
4.2.4 Modelling summary
The major obstacles to fire-structure modelling in
realistic fires are knowing the
1. expected temperatures in fully developed fires.
2. charring rate as a function of fire exposure.
3. temperature and moisture dependent thermal and
mechanical properties of heated timber.
4. self-extinguishment properties of charred wood.
and predicting the
5. fire performance and fall-off times of protective
systems (e.g. gypsum plasterboards).
6. storey to storey fire spread via combustible façade
cladding.
7. effectiveness of details to prevent internal fire spread
8. fire performance of connections between structural
timber elements.
4.3 FULL SCALE FIRE-STRUCTURE
EXPERIMENTS
Very few large scale experiments have been carried out
on large timber buildings. Large scale tests are very
expensive, so the objectives of any such tests must be
clearly defined before starting. Unfortunately many of
the tests performed have attempted to answer too many
questions, so that the test results are of limited use.
4.3.1 Japanese tests
Three recent tests on Japanese 3-storeys school buildings
have been performed [14]. The aim was to demonstrate
to the national authorities that the fire safety goals can be
achieved and have been reached by the latest test.
Several full-scale fire tests of whole timber buildings
have also been performed in Japan in the late 90s, most
of them first being subjected to a simulated earthquake.
These tests, mostly of light timber frame buildings
protected with gypsum plasterboard, have demonstrated
limited fire damage.
4.3.2 Canadian tests
Tests in Canada on single rooms constructed from CLT
panels. Protected and unprotected structures were
included. Some tests had a second flashover during the
decay phase [15].
4.3.3 European tests
Room fire tests with and without encapsulated timber
structures were performed in a Nordic project [16]
showing that the room temperature during fire was
similar in all cases, but that the non-encapsulated timber
structures caused heavy flames out of the windows.

These were caused by unburnt gases being produced in
the room due to lack of oxygen. Similar results have
been obtained in tests performed in Switzerland [17].
Further, it was demonstrated that by protecting the
timber structure adequately, a complete burnout of the
fire compartment with no fire-fighter intervention can be
achieved, without any significant damage on the timber
structure. A series of tests performed with activated
sprinkler confirmed that with fast response sprinklers the
influence of a combustible structure on the fire safety
was compensated and the fire safety objectives can be
fulfilled with combustible timber structures.
A full-scale test on a 3-storey building made of CLT
panels was performed under natural fire conditions to
check the global performance and find possible
weaknesses of the timber structure [18]. The CLT panels
were protected by one or two layers of non-combustible
gypsum plasterboards. The test confirmed that with pure
structural measures it is possible to limit the fire spread
to one room. However, the fire was suppressed by the
fire-fighting intervention after one hour.
4.4 EXPERIENCE FROM FIRE ACCIDENTS IN
TIMBER STRUCTURES
Some examples of fire accident types are highlighted in
order to supply background information to the need for
extended knowledge and research.
4.4.1 Fires after earthquakes
The biggest danger of fires after earthquakes is the lack
of water for fire-fighting and poor access for firefighting vehicles. This is a serious threat to timber
buildings, especially light timber frame structures. The
most well-known recent examples of severe fires after
earthquakes are probably the 1989 earthquake in Kobe,
Japan, and the 2011 Japanese earthquake and tsunami
[19]. The 2010 and 2011 earthquakes in New Zealand
caused very few fires in any kinds of buildings, even
though thousands of light timber frame houses suffered
severe shaking damage [20].
4.4.2 Fires at construction sites
Fires at construction sites with timber frame structures
have been gaining large publicity recently, mainly in the
UK and the US. They seem to have been associated
mainly with large areas of construction work without any
fire separation and without the final fire protection
systems not yet being installed. This topic is not directly
included in this report, but as it may influence the further
use of timber structures, some guidance should be given.
4.4.3 Fire spread caused by poor structural detailing
Structural details in buildings are always very important
for the total fire safety of buildings and insufficient
detailing may have larger consequences in timber
buildings. A recent example is a small kitchen fire at the
top floor of a student residential building that caused a
total damage of a five storey timber building in Sweden.
The main reasons were inferior kitchen ventilation, large
attic space without fire separation and most importantly
insufficient fire stops in the multi storey vertical voids
between the fire cells.
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5 IMPLEMENTING FIRE SAFETY
DESIGN IN TALL TIMBER
BUILDINGS
5.1 MANUAL FIRE FIGHTING
The risk of severe fires will be reduced if there is prompt
action to suppress the fire, either by the building
occupants or by the fire brigade. According to Eurocode
1 [21] intervention of the fire brigade is considered by
reducing the characteristic fire load. This reduction in
fire load has been calibrated [6] for steel structures, and
the same approach could be allowed for structures of any
other materials including timber. A similar approach can
be used for automatic fire detection or for automatic fire
sprinkler systems, see below. On-site emergency water
supplies for manual or automatic suppression systems
may also reduce the risk of major losses.
5.2 SPRINKLERS
Automatic fire sprinkler systems are the most effective
way of improving the fire safety in all buildings. They
are especially recommended in tall timber buildings.
Some national building codes (e.g. Switzerland) allow
for a reduction in the fire resistance if automatic fire
sprinkler systems are installed. A reduction of fire
resistance to 60 % of the normal value is included in
Eurocode 1 [21] for sprinklered buildings. For an
individual building owner this may be important, but the
potential benefits of sprinklers require a quantitative fire
risk assessment taken into account, also including risks
from earthquakes, maintenance, and an overwhelmed
water system. The New Zealand Building Code allows a
50 % reduction in fire resistance for sprinklered
buildings under certain conditions.
It should be noted that the reliability of sprinkler systems
usually are much higher than for many passive fire
protection systems, fire doors probably being the most
obvious example with reliabilities down to 70 % [22].
5.3 ALTERNATIVE FIRE DESIGN BY
SPRINKLERS
Sprinklers save lives. In addition, sprinklers may allow
for an alternative design of buildings. Requirements on
passive fire protection to provide means of safe egress
may be at least partly reduced, see Figure 3. This will
facilitate a more flexible use of wood products.
The implementation of alternative fire safety design with
sprinklers may vary between countries. In Sweden fire
design alternatives have been verified [23], including
wooden façade cladding and wood panels as interior
surface linings in multi-storey buildings.

Figure 3: Principle for fire safety design by sprinklers:
Increased fire safety by installation of sprinklers may lead to
relaxations in the passive fire protection features, and still
fulfil the same or higher safety level [23].

5.4 ENCAPSULATION
The purpose of encapsulation is to ensure that structural
timber does not contribute to the fire load, and also to
ensure that the fire does not continue to burn after the
combustible contents of any fire compartment have been
completely burned away. The Japanese concept of “Fire
Resistive Construction” has similar objectives, see 6.4.
5.4.1 Complete encapsulation
Complete encapsulation provides sufficient thickness of
gypsum plasterboard or other similar material to prevent
any charring of the wood in a complete burnout, thereby
providing the same level of fire resistance as a totally
non-combustible material.
5.4.2 Limited encapsulation
Limited encapsulation is a more economical solution
which will prevent any involvement of the structural
timber in the fire until well into the burning phase, but
may not guarantee complete burnout with no onset of
charring.
5.5 FIRE PERFORMANCE AND FALL-OFF
TIMES OF PROTECTIVE SYSTEMS
Protective layers such as gypsum plasterboards are often
used to protect timber structures from fire. For the
verification of fire resistance, full-scale testing or
calculation using design models can be used. The latter
needs input values which describe the contribution of the
lining to the overall fire resistance of the construction.
Fall-off time of the cladding is one of the parameters
needed, but it is seldom monitored properly in full-scale
fire tests, although it has large impact on the fire
resistance [24]. Further, fall-off time of the lining based
on standard time-temperature exposure may not reflect
the fire behaviour for non-standard fire exposure [18].
A related problem is the variability between different
types of gypsum plasterboard from different
manufacturers in different countries. The contribution to
the fire resistance of gypsum plasterboards is not
specified in standards such as the European product
standard for gypsum plasterboards or for gypsum
fibreboards nor the design standard for timber structures
[12]. Hence important characteristics are lacking as input
for the design models.
A methodology (routine) has to be developed to obtain
input values for design models, such as the model in the
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fire part of Eurocode 5 [12]. These need to be verified by
full-scale tests. The methodology developed should be
implemented in an official document (e.g. national or
international standards) and used by notified bodies to
certify material characteristics not covered by other
standards. Currently, a European standard [25] is under
development, providing test methods for determining the
contribution to the fire resistance of applied protection
(e.g. gypsum plasterboards) to timber structural
members.
5.6 FIRE PERFORMANCE OF CONNECTIONS
BETWEEN STRUCTURAL TIMBER
ELEMENTS
Knowledge about the fire performance of timber
connections has been limited, but the last two decades,
this area has received large attention and several research
efforts have been devoted to the analysis of the fire
performance of timber connections. Extensive
experimental and advanced numerical studies were
performed [6]; however, simple models for design in fire
are still limited. Further, current knowledge is limited to
standard time-temperature exposure.
5.7 EXTERNAL FIRE SPREAD
The main risk for external fire spread is from big flames
coming out of windows in a fully developed
compartment fire and spreading upwards along the
façade. Such flames usually reach the storey above
independent of building material and this is accepted in
most building regulations. But there is no consensus or
procedures on how to determine the risk for the external
flames reaching two storeys above the compartment fire.
The issue is handled differently and only on national
basis. For timber structures, the main interest is to verify
that wooden facades can be used in a fire safe way, also
as façade claddings on e.g. concrete or steel buildings.
There are also risks for fire spread between adjacent
buildings. These risks are considered to be independent
of the structural building system used, although the
contribution of combustible cladding materials should be
included.
5.8 DETAILS TO PREVENT INTERNAL SPREAD
OF FIRE
The execution of construction works is critical to good
building performance; inappropriate practices can lead to
critical building damage, which can generally only be
rectified at considerable financial expense.
In order to achieve the required fire safety level, the fire
behaviour of the building construction, service
installations, and additional safety measures must be
reviewed and assured. The evaluation factors are
interlinked, and interfaces (assembly of wall or ceiling
configurations) with related fire resistance requirements
as well as reaction to fire performance of encapsulated
combustible load-bearing structure must be quantified.
Fire spread can be minimized with internal fire stops as
well as at interfaces, for example with penetration seals
for the electric installation or heating systems, or
additional safety measures such as preventative

structural measures, but also the application of specific
active fire protection systems such as sprinklers or
smoke detectors.
Connections of wall, ceiling and roof elements have a
significant influence on the fire behaviour, the danger
being uncontrolled spread of smoke, hot gases and fire.
Poorly designed connections affect evacuation, life, and
property safety.
Penetrations through fire-rated walls and floors for
ventilation, pipes and other building services can provide
paths for spread of fire and smoke. Careful attention to
detailing and quality control is required.
5.9 QUALITY ASSURANCE
Quality assurance is essential, at many levels, if research
results are to produce safer buildings. This includes
design calculations and specifications, documentation of
designs, code enforcement and inspection of on-site
construction.
Timber frame construction often consists of a
combination of several different materials, which are
designed and installed to fulfil multiple performance
functions such as fire safety and acoustic performance.
The methods used for assembling/erecting these multiple
layers are vital to ensuring adequate performance. The
sourcing and manufacture of all materials must meet the
specified requirements.
Although the assembly sequences may differ, the
requirements for ensuring adequate performance levels
are identical. As an example, insulation (e.g. mineral
wool) must be mounted carefully and must be in direct
contact with wooden beams and girders to ensure
adequate fire performance. Empty voids can lead to
premature exposure of wooden elements in the event of a
fire, and can lead to earlier charring and therefore
decreased fire resistance. Careful installation of
insulating products is particularly important in nominally
empty attic areas, where the insulation can tend to be
less carefully installed due to the non-occupied state of
the roof space.
Fixings used for securing claddings are also essential for
the fire resistance. If nails or screws are too short, the
cladding will be prone to premature delamination (falloff), and wooden beams and girders will be exposed to
fire at an earlier stage. This will lead to earlier charring
and can reduce fire resistance times.
The installation of fire stops within the building as well
as in façade gaps or voids, the erection and connectivity
of penetrations and building services systems at the
construction site are essential to ensure the fire
performance of a timber structure. The appropriate
installation of such details can be checked only during
the construction period, and the quality of workmanship
of such details should be monitored closely by the
responsible contractor.
Self-monitoring by the contractor is an important
process, and should be mandated and formalised
whenever possible. The responsibilities of interacting
trades must be clearly stated, and overarching project
management processes communicated and enforced at
the beginning of a project. In larger buildings third party
control by building inspectors is essential.
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6 R&D NEEDS TO REACH FSE AND
PBD
6.1
DATA ON ACTUAL FIRES
There is a lack of statistical information on the fire
performance of real timber buildings, in all countries. In
order to develop probabilistic design methods, it is
necessary to have data on the number and severity of
fires, and the effectiveness of automatic and manual fire
suppression,
6.2
FULL-SCALE EXPERIMENTS
More full-scale tests are needed to provide information
on fire severity. Because of the trend to multi-storey
timber buildings, it is important to address the influence
of combustible materials carefully, in particular when no
encapsulation or sprinklers are provided. Some examples
are to determine the
 contribution of massive timber elements (e.g. CLT)
to fire severity for non-standard fire exposure
 fall-off times of claddings for non-standard fire
exposure
 load bearing capacity and stability at fire exposure of
timber building elements 3-10 m
 relevant fire exposure conditions for different types
of fire stops in voids in timber structures.
 influence of wooden façade claddings on the exterior
fire spread of multi-storey buildings with flames
coming out from a broken window after flashover.
 influence of active (e.g. sprinkler) fire protection on
structural fire performance and external spread of
flame in a building.
In addition, small-scale experiments are needed to
determine the charring rates and self-extinguishment
properties of wood-based products after different levels
of fire exposure, performance of different types of fire
stops according to fire exposure conditions, performance
of different types of connections and charring rates of
engineered wood products such as glulam, CLT, LVL,
considering the effects of different types of adhesives.
6.3

EVALUATION OF EXISTING FIRE
TESTING EXPERIENCE
Japan has requirements on extended time after fire
resistance testing of combustible structures in order to
evaluate possible continued charring and loss of loadbearing capacity. Their experience should be consulted
before starting further studies on this topic.
In summary, Japanese building codes have been adapted
to ensure self-extinguishment of certain types of timber
elements, and fire testing methods have been modified to
assess the performance of encapsulation and selfextinguishment. Two types of fire resistance grade are
defined in Japan:
1. “Fire Resistive Construction” requires structural
stability of structural elements during and after a
fire, including the entire cooling phase.
2. “Fire Preventive Construction” and “Quasi-fire
Resistive Construction” both require structural
stability for a specific fire duration. For example,
30, 45 or 60 minutes.

Fire resistance tests of “Fire Resistive Construction”
must demonstrate the self-extinguishment of structural
timber elements. The duration of each fire test depends
on the type of material. If the structural elements are
non-combustible, a 3 hour cooling phase is nominally
required after a 1 hour fire resistance test. If the structure
is combustible, the duration of the cooling phase might
be as long as 24 hours. Test operators in fire laboratories
do not pre-determine the duration before the fire tests,
because they will only stop the test when charred wood
do not glow and the temperatures of all measurement
points decrease below the decomposition temperatures.
6.4
MODELLING NEEDS
6.4.1 Fire models
Existing fire models need to be expanded to include
changes in ventilation conditions as the fire grows, and
to include travelling fires in large spaces. For timber
structures, they also need to include the contribution of
combustible building materials.
6.4.2 Simple thermal models
Simple thermal models can be used for the design of
large timber structures provided that the charring rate of
wood is known under different thermal exposures. The
charring rate is well known under standard fire exposure
but it is important to know the change in charring rate
under more realistic fire exposure. More research,
including large scale experiments, is required to provide
the charring rates needed for simple calculation models
to be applied to realistic fires.
6.4.3 Advanced thermal models
Advanced thermal modelling can be done using the finite
element method (FEM). These advanced methods are
important for the development of simple charring
models, but they are not normally required for design.
For development of more advanced thermal calculation
models, the problem is obtaining accurate time- and
temperature-dependent thermal properties of materials.
6.4.4 Advanced structural models
Complete fire-structure modelling based on FEM
requires coupled thermal and mechanical analysis, which
is difficult due to the large number of unknown input
data. For standard ISO fire exposure tremendous
improvements have been achieved [26, 27]. However,
much needs to be done to provide accurate input data
before the performance of timber structures exposed to
natural fires can be predicted accurately.
6.5
PERFORMANCE BASED DESIGN - PBD
An international agreement is needed on the overall
approach of performance based design for fire safety,
consistent for all materials. It should be based on design
fires for different types and sizes of buildings and
occupancies. This needs to include the development of
probabilistic or semi-probabilistic design methods for
fire safety to encourage building designs that meet target
failure probabilities specified in modern building codes.
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6.6 NATIONAL AND INTERNATIONAL
STANDARDISATION
International guidance on ways to fulfil different
requirements based on international standards is needed.
Codes must be based on a scientific response to
consistent objectives. The international standardisation
should be maintained mainly through the International
Standardisation Organisation (ISO), in particular ISO TC
92. It is also essential to maintain and further develop a
close contact to national fire authorities.
6.7

INTERNATIONAL COALITION TO
REVIEW PROGRESS
The international coalition should be built on the existing
network FSUW, Fire Safe Use of Wood. FSUW is
originally a European network with mainly research and
industry partners. The main result so far is the very first
European guideline on Fire Safety in Timber Buildings
[1]. The network has recently been extended to include
partners from Australia, Canada, Japan and New Zealand
and should be further extended to include the US.

7 FINAL COMMENTS
Fire safety engineering and performance based design
offer a lot of benefits and opportunities for increased
timber building, e. g. a more harmonised view on how to
fulfil national fire requirements and insurance
requirements. This will remove or reduce the still
existing obstacles to trade within Europe and worldwide
and also facilitate for a more globalised market. This
should be the long term strategy for timber buildings.
There are also a lot of more short term challenges to
overcome. The most important are to ensure
• Quality of construction workmanship and inspection
and Fire safety during construction, since proper
detailing is the main challenge to reach fire safety
• Control of the main strategies to reach property loss
prevention in relation to other types of buildings
• Control of the main strategies to avoid collapse of the
building in case a fire is not extinguished by an
automatic active system or by the fire services.
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COMPARISON OF LIFE RISKS DUE TO FIRE IN MID- AND HIGH-RISE,
COMBUSTIBLE AND NON-COMBUSTIBLE OFFICE BUILDINGS
Xia Zhang, Jim Mehaffey2, George Hadjisophocleous3
ABSTRACT: The application of fire risk assessment has been recommended to support alternative solutions by
demonstrating quantitatively that their fire risks are not greater than those associated with the acceptable solutions given
in codes. CUrisk is used to compare life risks due to fire in mid-rise and high-rise office buildings of non-combustible,
light wood frame and cross laminated timber constructions. In these buildings, the non-combustible buildings are
explicitly code compliant while the others are alternative solutions. The results show that the effects of the building
area, storeys and construction type on life risk are slight. Life risk depends more on design solutions as a whole than on
the construction type alone. Properly protected combustible buildings do not impose higher life risk than a code
compliant non-combustible building of similar design. Life risks in these buildings are very low due to being
sprinklered, are limited to the occupants in the rooms of fire origin for the compartmented buildings, but are extended to
the occupants in other rooms for the open floor buildings.

KEYWORDS: Life risk analysis, Fire, Office buildings, Combustible construction, Non-combustible construction

1 INTRODUCTION123

2 METHODOLOGIES [6]

Wood buildings are experiencing a renaissance in North
America. However, the desired heights and areas of midand high-rise wood buildings are beyond the limits for
combustible buildings permitted by the current National
Building Code of Canada (NBCC) [1] and the Building
Code of British Columbia (BCBC) [2]. To support the
construction of such buildings, the utilization of fire risk
assessment has been recommended in order to
demonstrate quantitatively that wood buildings, as
alternative solutions, yield fire risks not greater than
those inherent with the acceptable solutions (noncombustible construction) of the code [3]. This approach
complies with the Canadian objective-based code.
While general principles that a fire risk analysis should
follow have been proposed [4, 5], quantitative methods
with details and examples to compare fire risks are still
unavailable. In this paper, CUrisk, a fire risk analysis
model developed at Carleton University for buildings
[6], is used to assess and compare life risks due to fire in
mid-rise and high-rise office buildings of wood and noncombustible constructions.

CUrisk is a comprehensive computer model applicable
for multi-scenario fire risk analysis. The model starts
with reading the scenarios defined by the user. For each
scenario, the model adopts a two-zone approach to
predict the hazardous conditions in the upper and lower
zones of each compartment in a building. Based on these
conditions, the probabilities that occupants start
evacuation in response to the perception of fire signals
and warnings from fire protection systems, other
occupants and the fire department are predicted. Then a
large number of Monte Carlo runs are repeated to
calculate the probability of fire spread from the room of
fire origin to other rooms, the evacuation process for
each occupant, and the numbers of injuries and deaths.
These numbers are calculated based on the fire spread
probability, radiant heat intensity, temperature of hot
gases, and concentrations of toxic gases that each
occupant experiences during evacuation.
The expected risks of injury, death or casualty, in
persons / fire, are calculated by using
ER =

1
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𝑖

(1)

where NS is the number of scenarios, pi and Ci the
probability and the number of injuries, deaths or
casualties of scenario i. The expected risks of alternative
solutions can be compared to those of the code
compliant design to determine their acceptability.
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Figure 1: Layout of the 6-storey small-area (2,976 m2) office
building (small building)
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Figure 2: Layout of the 6-storey large-area (3,936 m2) office
building (large building)
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The BCBC 2012 requires the maximum building area to
be 7,200 m2 for a 6-storey office building of noncombustible (NC) construction. 6-storey office buildings
of combustible construction are not permitted by the
BCBC 2012. However, it is anticipated that they will be
permitted by the NBCC 2015. The proposed NBCC
requires the maximum building area to be 1,200 m2 for a
6-storey office building of combustible or hybrid
construction, which could be built of Light Wood Frame
(LWF) construction or mass timber elements such as
glulam beams and columns, and Cross Laminated
Timber (CLT) floors and walls.
The BCBC 2012 permits 12-storey office buildings of
non-combustible construction with unlimited building
area. Neither the NBCC nor the BCBC permits 12-storey
office buildings of combustible construction. If built, a
12-storey office building of combustible construction
would be built of mass timber elements such as glulam
beams and columns, and CLT floors and walls.
All of these buildings are required to be sprinklered and
to have a travel distance of 40 m or shorter to an exit,
whether they are combustible or non-combustible, 6storey or 12-storey.
According to these requirements and other code
requirements not given here, three building layouts are
designed. The layouts of the first floors are shown in
Figures 1 - 3. The other storeys of the buildings have the
same plans as the first floors except that staircases on
other floors have no exit to outside. The 6-storey smallarea (2,976 m2) building in Figure 1, 6-storey large-area
(3,936 m2) building in Figure 2 and 12-storey 2,916 m2
building in Figure 3 are called small, large, and high
buildings hereafter for brevity.
For the small and large buildings, life risks are calculated
for NC, LWF and CLT constructions and CLT
construction with higher reliable sprinklers (CLT-HRS).
In these combinations, the NC buildings are explicitly
code compliant while the others are alternative solutions.
All of these buildings have public doors with fire
protection rating of 45 min, suite doors with fire
protection rating of 20 min, and no balconies above
windows.
For the high building, life risks are calculated for NC
and CLT constructions with compartmented (NC and
CLT) and open floor (NC-OF and CLT-OF) layouts, and
CLT construction with open floor layout and balconies
above windows (CLT-OF-BCN), with open floor layout
and
wider
exits
(CLT-OF-WX),
and
with
compartmented layout and higher reliable sprinklers
(CLT-HRS). The open floor layout is the same as the
compartmented one except that all partitions defining
suites are removed. In these buildings, the NC buildings
are explicitly code compliant while the CLT buildings
are alternative solutions. These buildings have public
doors with fire protection rating of 1.5 h, suite doors
with fire protection rating of 20 min, and no balconies
above windows, unless otherwise specified.
Table 1 lists the configurations and fire resistance ratings
of the floor and ceiling assemblies and walls of these
buildings. RGB, NLB, LB, NR, and NA denote regular

gypsum board, non-loadbearing, load-bearing, not
required and not applicable. In the NC buildings, loads
are born by columns and beams of reinforced concrete
together with the ceiling and floor assemblies. The
configurations containing CLT are based on the fire
resistance tests performed by National Research Council
Canada [7], and others are from NBCC [1] or BCBC [2].
Each suite of the buildings has 3 windows. The window
sizes of the 12 m x 14 m suites are 3.7 m x 1.5 m and
those of suites with other sizes are 4.0 m x 1.5 m,
producing similar ratio of opening area to floor area for
all suites. The corridor and exit doors of the CLT-WX
building are 2.4 m wide and 2.03 m high. All other doors
are 1.6 m wide and 2.03 m high. The windows and doors
of suites have initial leakage fractions of 0.1 and the
corridor doors have initial leakage fractions of 0.5.

3.5

3 BUILDINGS AND SCENARIOS

Figure 3: Layout of the 12-storey 2,916 m2 compartmented
office building (high building)

For all the buildings, the central alarm is available and
connected to the fire department. Sprinklers and smoke
detectors are present in suites and public corridors, and
in exit stair shafts, respectively. The temperature rating
and response time index of sprinklers and maximum
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distance between adjacent sprinklers are 57 qC, 50
m1/2s1/2 and 4 m according to NFPA 13 [8].
The number of occupants in each building is the
maximum permitted by the codes. Thus, each suite of the
small and large buildings has 18 and 24 occupants, and
the large and small suites of the high building have 26 or
23 occupants. Occupants are assumed to be healthy and
consisting of half adults and half seniors.
The characteristics of all cases are summarised in Table
2. More details are given elsewhere [9].

4 SCENARIOS AND CASE
DESCRIPTIONS
The scenarios for each building include combinations of
2 response times of the fire department and whether
sprinklers are activated or not. The reliability of smoke
detectors, 0.94 [10], is not explicitly considered in the
event tree but implicitly considered in the response submodel through input specified by the user. Thus, each
case has 4 scenarios as shown in Figures 4 and 5 for
cases with regularly and higher reliable sprinklers. The
probabilities of scenarios are calculated based on
statistics [11, 12].
Fire
initiation

Sprinkler
activation
Yes 0.89

1
No 0.11

Response
time of fire
department
11 min 0.90

Scenario
probability

Scenario
number

0.801

S1

20 min 0.10

0.089

S2

11 min 0.90

0.099

S3

20 min 0.10

0.011

S4

Figure 4: Event tree for cases with regularly reliable
sprinklers
Fire
initiation

Sprinkler
activation
Yes 0.97

1
No 0.03

Response
time of fire
department
11 min 0.90

Scenario
probability

Scenario
number

0.873

S1

20 min 0.10

0.097

S2

11 min 0.90

0.027

S3

20 min 0.10

0.003

S4

Figure 5: Event tree for cases with higher reliable sprinklers

Fire is assumed to happen in a suite on the first floors
close to an exit. For the open floor buildings, fire
happens at the similar locations as in the compartmented
buildings. The medium t2 fire is assumed based on a
recommendation [13]. Fuel load in the buildings is taken
as 1182 MJ/m2, the 90% percentile of statistical results
for 103 rooms in five office buildings [14].
The time delay between the fire initiation and the time
that the fire department starts to suppress fire includes
notification and setup times, in addition to the response
time shown in the event trees. The notification time is

taken as the minimum of the times at which smoke
detectors and sprinklers activate and fire is large enough
to be perceived. The setup time of the fire department is
taken as 240 s according to statistics [15].
The minimum and maximum numbers of Monte Carlo
runs of the fire spread, evacuation and life risk analysis
sub-models are set to be 1000 and 8000 for each
scenario. When Monte Carlo runs reach the maximum
number or the changes of the mean numbers of injuries
and deaths compared to their previous values are both
lower than 0.1%, the calculation for a scenario stops and
that for next scenario starts.

5 RESULTS AND DISCUSSION
In the following discussion, the rooms and corridors for
open floor buildings denote the similar regions to those
in the compartmented buildings.
5.1 Development of hazardous conditions
Hot gases below 120 °C do not hurt occupants and the
time corresponding to 120 °C is called available safe
evacuation time, after which occupants could be injured
or killed.
Figures 6 – 14 show temperature development in the
rooms of fire origin, in the corridors close to the rooms
of fire origin, and in the staircases close to the rooms of
fire origin in the small, large, and high buildings for
scenario S4. In the scenario, sprinklers fail to activate.
Figures 6 – 8 show that, for the small, large, and high
compartmented and high open floor buildings,
temperature difference among the rooms of fire origin in
buildings of different constructions becomes mild after
flashover while keeps slight before flashover. These are
due to the different heat transfer properties of walls and
ceilings in different constructions.
The available safe evacuation times in the rooms of fire
origin in the small, large, high compartmented and high
open floor buildings are 328 s, 366 s, 374 s, and 390 s,
indicating the large rooms and the rooms in the open
floor buildings provide longer available safe evacuation
times than the small rooms and the rooms in the
compartmented buildings. Meanwhile, the large rooms
and the rooms in the open floor buildings produce lower
smoke temperature than the small rooms and the rooms
in the compartmented buildings. These indicate that
large areas and the absence of partitions produce better
safety margin for occupants in the rooms of fire origin.
Figures 9 – 11 show that, in the small, large, and high
compartmented and high open floor buildings,
temperature difference among the corridors close to the
rooms of fire origin in buildings of different
constructions is initially insignificant but becomes
evident after the doors of the rooms of fire origin fail.
The difference is due to the different heat transfer
properties of walls and ceilings, smoke temperature
difference among the rooms of fire origin and induced
different failure times of doors.
For the corridors close to the rooms of fire origin in the
small buildings, the available safe evacuation times are
1710 s for the NC building and 1618 s for the LWF and
CLT buildings.
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Table 1: Configurations and fire resistance ratings of floor and ceiling assemblies and walls
Construction / Storeys
NC / 6
LWF / 6
CLT / 6
NC-CPT / 12
NC / 12
CLT-CPT / 12
CLT / 12

Floor and ceiling assemblies
F1c
1 h LB
F10f
1 h LB
12.7 mm RGB
+ 105 mm CLT
1 h LB
F1b
2 h LB
F1b
2 h LB
12.7 mm RGB
+ 175 mm CLT
2 h LB
12.7 mm RGB
+ 175 mm CLT
2 h LB

Staircase walls
S10a
1 h LB
W6d with 38 mm x 140 mm studs
1 h LB
12.7 mm RGB + 105 mm CLT
+ 12.7 mm RGB
1 h LB
S6a
2 h NLB
S6a
2 h NLB
12.7 mm RGB + 175 mm CLT
+ 12.7 mm RGB
2 h LB
12.7 mm RGB + 175 mm CLT
+ 12.7 mm RGB
2 h LB

Exterior walls
S10a
1 h LB
EW1a with 38 mm x 140 mm studs
1 h LB
12.7 mm RGB + 105 mm CLT
1 h LB
S2d
1 h NLB
S2d
1 h NLB
EW1a with 38 mm x 140 mm studs

Corridor walls
S10a
1 h LB
W6d with 38 mm x 140 mm studs
1 h LB
12.7 mm RGB + 105 mm CLT
+ 12.7 mm RGB
1 h LB
S6e
1 h NLB
NA
NA
W1a

Walls between suites
S1a
NR
W1c
NR
W1c

1 h NLB
12.7 mm RGB + 175 mm CLT

1 h NLB
NA

NR
S6e
1 h NLB
NA
NA
12.7 mm RGB + 175 mm
CLT + 12.7 mm RGB
2 h LB
NA

2 h LB

NA

NA

Table 2: Characteristics of cases
No.

Layout

Construction

Building area
(m x m)
96 x 31

1

Small

NC

2

Small

LWF

96 x 31

Suite size
(m x m)
12 x 14
12 x 14

Size of windows
(m x m)
3.7 x 1.5
3.7 x 1.5

Suites

Occupants

96

1728

Fire protection rating
of public doors
45 min

96

1728

45 min

Balconies
No

Width of stairs
(m)
1.50

No

1.50

Reliability of sprinklers
Regular
Regular

3

Small

CLT

96 x 31

12 x 14

3.7 x 1.5

96

1728

45 min

No

1.50

Regular

4

Small

CLT-HRS

96 x 31

12 x 14

3.7 x 1.5

96

1728

45 min

No

1.50

High

5

Large

NC

96 x 41

12 x 19

4.0 x 1.5

96

2304

45 min

No

1.75

Regular

6

Large

LWF

96 x 41

12 x 19

4.0 x 1.5

96

2304

45 min

No

1.75

Regular

7

Large

CLT

96 x 41

12 x 19

4.0 x 1.5

96

2304

45 min

No

1.75

Regular

8

Large

CLT-HRS

96 x 41

12 x 19

4.0 x 1.5

96

2304

45 min

No

1.75

High

9

High

NC

54 x 54

13.5 (12) x 18

4.0 x 1.5

120

3048

1.5 h

No

1.50

Regular

10

High

NC-OF

54 x 54

NA

4.0 x 1.5

NA

3048

1.5 h

No

1.50

Regular

11

High

CLT

54 x 54

13.5 (12) x 18

4.0 x 1.5

120

3048

1.5 h

No

1.50

Regular

12

High

CLT-HRS

54 x 54

13.5 (12) x 18

4.0 x 1.5

120

3048

1.5 h

No

1.50

High

13

High

CLT-OF

54 x 54

NA

4.0 x 1.5

NA

3048

1.5 h

No

1.50

Regular

14

High

CLT-OF-WX

54 x 54

NA

4.0 x 1.5

NA

3048

1.5 h

No

1.75

Regular

15

High

CLT-OF-BCN

54 x 54

NA

4.0 x 1.5

NA

3048

1.5 h

Yes

1.50

Regular
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Figure 6: Upper layer temperatures in rooms of fire origin in
small buildings for scenario S4
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Figure 7: Upper layer temperatures in rooms of fire origin in
large buildings for scenario S4
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Figure 10: Upper layer temperatures in corridors close to
rooms of fire origin in large buildings for scenario S4
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Figure 9: Upper layer temperatures in corridors close to
rooms of fire origin in small buildings for scenario S4
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Figure 8: Upper layer temperatures in rooms of fire origin in
high buildings for scenario S4

Figure 11: Upper layer temperatures in corridors close to
rooms of fire origin in high buildings for scenario S4

For the corridors close to the rooms of fire origin in the
large buildings, the available safe evacuation times are
1884 s for the NC building and 1762 s for the LWF and
CLT buildings, 174 s and 144 s longer than those for the
small buildings. The smoke temperatures are lower than
those in the small buildings. The longer times and lower
temperatures are due to the smoke temperature
difference in the rooms of fire origin.
For the corridors close to the rooms of fire origin in the
high compartmented NC and CLT buildings, the
available safe evacuation times are 1866 s and 1748 s,
similar to those for the large buildings. The smoke
temperatures after these times are higher than those for

the large buildings due to the smaller areas of the
corridors. For the corridors of the high open floor
buildings, the available safe evacuation time is 804 s, 15
min shorter than those for the high compartmented
buildings as a result of no partition. The absence of
partition results in the higher temperatures in the
corridors of the open floor buildings than of the
compartmented buildings.
The life risk due to fire depends on the exposure dosage
and hence on both exposure time and intensity of the fire
conditions. The corridors in the large and high
compartmented buildings provide slightly longer
available safe evacuation times and lower temperatures

WCTE 2016 e-book | 3844

5.2 Occupant evacuation
Figures 18 – 20 show the maximum and minimum
remaining occupants as a percentage of the total
occupants in the evacuation processes in all Monte Carlo
runs for scenario S4 for the small, large and high
buildings. The range between the minimum and
maximum remaining occupants instead of certain values
is a result of the randomness of the evacuation processes,
which are predicted by Monte Carlo simulations.
For the small, large and high compartmented buildings,
the remaining occupants change very slightly with the
construction type due to similar fire development and
occupant distribution in the buildings. The times at
which 90% of occupants evacuate the small, large and
high compartmented buildings are 1506 s, 1694 s and
1432 s. The longer evacuation time of the large buildings
is due to the higher occupant load and the shorter

Temperature (°C)

evacuation time of the high compartmented buildings is
due to the wider aggregate exit widths.
For the high open floor buildings, the remaining
occupants in the NC-OF and CLT-OF buildings are
similar. The times at which 90% of occupants evacuate
the buildings are 1540 s, slightly later than for the high
compartmented building. For the building with wider
exits (CLT-OF-WX), the time advances to 1410 s.
Evacuation results for more combinations of scenarios
and buildings are not given here for simplicity.
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Figure 12: Upper layer temperatures in staircases close to
rooms of fire origin in small buildings for scenario S4
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Figure 13: Upper layer temperatures in staircases close to
rooms of fire origin in large buildings for scenario S4

Temperature (°C)

compared to that in the small buildings, indicating a
better safety margin, which could be further enhanced by
the shorter travel times for the high compartmented
buildings. The corridors in the high open floor buildings
provide the shortest available safe evacuation times and
highest temperatures among all the buildings and
produce the worst safety margin. However, the effect of
corridors on life risk could be unobvious because the
hazard of smoke in the corridors is much lower than that
in the rooms of fire origin due to much lower
temperatures and toxic gas concentrations.
Figures 12 – 14 show that the temperatures in the
staircases close to the rooms of fire origin in the small,
large and high compartmented buildings of different
constructions have slight difference due to the different
smoke temperatures in the adjacent corridors and
different heat transfer properties of walls and ceilings.
However, they are always lower than 120 °C, regardless
of construction types and heights. For these buildings,
the occupants on the floors different from the floor
where the rooms of fire origin locate will not be
endangered by fire.
For the high open floor buildings, the temperatures in the
staircases in the NC-OF, CLT-OF and CLT-WX
buildings rise to above 120 °C at 1398 s, 1392 s and
1272 s. These times are shorter than the times provided
by the corridors close to the rooms of fire origin in the
compartmented buildings. It is predictable that this will
impose high life risk to the occupants who need to use
the staircases to evacuate. For the cases with a large
number of occupants and hence long evacuation time,
life risk will be high.
Similar analysis can be made for scenario S3, which has
a shorter response time of the fire department compared
to that for scenario S4.
Figures 15 – 17 show temperature development in the
rooms of fire origin for scenario S2 for the small, large
and high buildings. The temperatures are always lower
than 120 °C, and those in the corridors and staircases are
even lower. The much milder temperature development
compared to that for scenario S3 and S4 is due to
sprinkler activation. For scenario S1, similar temperature
development is predicted. No injury and death are
expected for scenarios S1 and S2.
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Figure 14: Upper layer temperatures in staircases close to
rooms of fire origin in high buildings for scenario S4

5.3 Life risk of scenarios
The Monte Carlo simulation for life risk shows that the
average numbers of deaths are much lower than those of
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Figure 15: Upper layer temperatures in rooms of fire origin in
small buildings for scenario S2
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Figure 16: Upper layer temperatures in rooms of fire origin in
large buildings for scenario S2
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Figure 17: Upper layer temperatures in rooms of fire origin in
high buildings for scenario S2

injuries for the scenarios with injuries and deaths.
Meanwhile, the standard deviations are on the same
order of magnitude as and one order of magnitude higher
than the average values for injuries and deaths,
respectively. These indicate that the fluctuation of the
numbers of deaths is much stronger than those of
injuries. Therefore, life risk is given hereafter in the
number of casualties, the sum of the numbers of injuries
and deaths, in order to avoid misunderstanding incurred
by the fluctuation of deaths.
Figure 21 – 23 show the numbers of casualties for
different scenarios for the small, large and high
buildings.
Comparisons between the casualties of different
scenarios show that sprinklers can make a big difference.

100

Max, NC
Max, LWF
Max, CLT
Min, NC
Min, LWF
Min, CLT

80
60
40
20
0

0

600

1200

1800 2400
Time (s)

3000

3600

Figure 18: Maximum and minimum remaining occupants as a
percentage of total occupants for scenario S4 for small
buildings
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Figure 19: Maximum and minimum remaining occupants as a
percentage of total occupants for scenario S4 for large
buildings
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Figure 20: Maximum and minimum remaining occupants as a
percentage of total occupants for scenario S4 for high
buildings

For the scenarios in which sprinklers activate (S1 and
S2), no casualties are predicted due to fire suppression.
This is in agreement with the statistics for 2006 – 2010
US office fires that the presence of sprinklers cut the fire
death rate by 72%, from 0.0015 persons / fire to 0.0004
persons / fire [12], if the difference between the
activation and presence of sprinklers is considered. For
the scenarios in which sprinklers fail to operate (S3 and
S4), the numbers of casualties are in agreement with
0.059 persons / fire, the statistics for 2002 Canadian
office fires [16], but more conservative than 0.016
persons / fire, the statistics for 2000 – 2004 US office
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5.4 Expected life risk
Figures 25 – 27 show the expected risks of casualty for
the small, large and high buildings. The expected risks of
casualty are 0.0045 persons / fire to 0.0055 persons / fire
for the compartmented buildings with regularly reliable
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Figure 21: Number of casualties for different scenarios of
small buildings
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Figure 22: Number of casualties for different scenarios of
large buildings
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Figure 23: Number of casualties for different scenarios of high
buildings
1.0
0.8
0.6

Ratio

fires [10]. The presence of sprinklers in 31% of the 2006
– 2010 US office fires [12] does not affect the qualitative
comparison.
Comparison between the results of scenarios S3 and S4
show that the response time of the fire department does
not affect the numbers of casualties for all the
compartmented buildings, regardless of the construction
type and building area and height. This could be due to
the long response times, 11 and 20 min, used in the
simulation. For the high open floor buildings, longer
response time and hence the later time that the fire
department starts to control fire does affect the numbers
of casualties. This effect can be reduced by the adoption
of wider exits to decrease evacuation time. However,
balconies tend to have no effect in this aspect since no
casualty is incurred by fire spread through windows in
the simulation.
For scenario S3 and S4 of the small, large and high
compartmented buildings, the numbers of casualties of
different constructions are similar due to similar fire
conditions, occupant distribution, and evacuation
process. However, the numbers of casualties of the high
open floor CLT buildings (CLT-OF and CLT-OF-BCN)
are higher than those of the NC building (NC-OF) due to
higher smoke temperatures in the staircases, which can
be reduced by using wider exits or improving the
performance of the fire department.
The effects of the building area and height on the
number of casualties are slight as shown by comparison
among the results for the small, large and higher
compartmented buildings because injury and death are
limited to the occupants in the rooms of fire origin for
these buildings. Due to the same reason, the area of the
room of fire origin can affect the number of casualties
because it affects smoke temperature and toxic gas
concentrations in the room. However, the effect is
insignificant for the simulated buildings since the area
difference between the rooms of fire origin of the small
and large buildings is small.
As shown in Figure 24, the ratios of causalities in the
rooms of fire origin to the total casualties for scenarios
S3 and S4 are 1 for the high compartmented buildings
but lower than 0.07 for the high open floor buildings.
Evidently, casualty is limited to the occupants in the
rooms of fire origin for compartmented buildings, but is
extended to occupants in other rooms for the open floor
buildings.
The high open floor buildings produce lower numbers of
casualties for scenario S3 but higher numbers of
casualties for scenario S4 than the high compartmented
buildings. The former is because the decrease of
casualties in the rooms of fire origin is greater than the
increase of casualties in the occupants in other rooms.
The latter is due to the opposite reason. These changes
are in turn related to the change of smoke conditions in
the rooms of fire origin, corridors and staircases.
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Figure 24: Ratio of causalities in rooms of fire origin to total
casualties for scenarios S3 and S4 for high buildings

6 CONCLUSIONS
The effects of the building area, storeys and construction
type on life risk due to fire in buildings are slight. Life
risk due to fire in buildings depends more on design
solutions as a whole than on the construction type alone.
Properly protected combustible buildings do not impose
higher life risk than a code compliant non-combustible
building of similar design. Life risks in these buildings
are very low due to being sprinklered, are limited to the
occupants in the rooms of fire origin for the
compartmented buildings, but are extended to the
occupants in other rooms for the open floor buildings.
The study can be used as an example of fire risk analysis
to support performance or objective based design.
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Figure 25: Expected risk of casualty for small buildings
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Figure 26: Expected risk of casualty for large buildings
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Figure 27: Expected risk of casualty for high buildings
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sprinklers and 0.0040 to 0.0045 persons/fire for the high
open floor buildings with regularly reliable sprinklers.
These values are 9.3% of 0.059 persons / fire, the
statistics for 2002 Canadian office fires [16], and 34.2%
of 0.016 person / fire, the statistics for 2000 – 2004 US
office fires [10]. The significantly lower risks of all the
buildings compared to the statistics are a result of the
application of sprinklers in the modelled buildings.
Adoption of sprinklers with higher reliability, 0.97
(CLT-HRS), reduce the risks further. The lower risks of
casualty for the high open floor buildings compared to
those of the high compartmented buildings are due to the
lower numbers of casualties of scenario S3 of these
buildings.
Figure 28 shows the relative risks of casualty for
buildings compared to the small NC building. The
relative risks of these buildings, regardless of regularly
or high reliable sprinklers, are much lower than the
statistics for 2002 Canadian office fires [16] and the
statistics for 2000 – 2004 US office fires [10].
The relative risks are from 0.86 to 1.05 for the small,
large and high compartmented buildings with regularly
reliable sprinklers, regardless of the construction type
and building area and height. This indicates that these
variables are not critical factors affecting life risk.
The relative risks of casualties for the high open floor
buildings are from 0.79 to 0.85, lower than the values for
the compartmented buildings. However, it should be
noted that the life risks in the high open floor buildings
are not limited to the occupants in the rooms of fire
origin, which is the case for the compartmented
buildings.
The adoption of higher reliable sprinklers can reduce
relative life risk further to 0.27 to 0.29.
The uncertainty of the model results depends on a
variety of factors including the uncertainty of the submodels, the number of Monte Carlo runs and the
selection of scenarios. The improvements of the submodels, larger number of Monte Carlo runs, and more
detailed scenario structure will reduce the uncertainty.
However, it is difficult to give a theoretical estimation
for the uncertainty due to the complexity of the problem.

Expected risk of casualty
(persons/100 fires)
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Figure 28: Relative risk of casualty for buildings compared to
that for the small non-combustible building
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FULL-SCALE FIRE TEST OF A MASS TIMBER VERTICAL SHAFT IN
SUPPORT TO TALL WOOD BUILDINGS CANADIAN INITIATIVE
Lindsay Ranger (Osborne)1, Joseph Su2 & Christian Dagenais3
ABSTRACT: A full-scale demonstration fire was conducted at National Research Council Canada (NRCC) to show
that a 2-hr non-standard severe design fire in an apartment would have little or no effect on an adjacent elevator or stair
shaft. The test was performed to support the approval of an alternative solution for a deemed-to-satisfy 2-hr
noncombustible construction assembly, intended for the construction of a tall wood building in Quebec City (Canada).
Throughout the duration of the fire no impact was observed in the CLT shaft: there was no evidence of temperature rise
and no apparent smoke leakage. This suggests there was little to no effect of the design fire on the structure of the CLT
shaft itself.
KEYWORDS: Mass Timber, Cross-Laminated Timber, Fire Test, Tall Wood Buildings.

1 INTRODUCTION 123
In the recent years, there has been a growing demand for
constructing mid-rise (5- and 6-storey) buildings using
wood structural elements. As designers have become
more familiar with the benefits of wood construction, the
industry is now experiencing increased interest in
promoting and developing alternative solutions for tall
wood buildings.
The prescriptive solutions set forth in the National
Building Code of Canada (NBCC) [1] require that tall
buildings (greater than 6-storeys) be of noncombustible
construction, thus explicitly eliminating the use of wood
structural elements. However, compliance with the
NBCC may also be achieved using “alternative
solutions.” The latter must demonstrate that a design
meets or exceeds the minimum performance levels in the
areas defined by the prescriptive solutions it replaces.
There have already been projects completed in Canada
which successfully achieved compliance using
“alternative solutions,” such as the 6-storey FondAction
CSN office building (Figure 1), the 6-storey District 3
residential building in Quebec City, the Earth Sciences
Building at the University of British Columbia in
Vancouver (Figure 2), and the Wood Innovation Design
Centre in Prince George.

Figure 1: FondAction CSN
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Lindsay Osborne, FPInnovations, 580 Booth Street, Ottawa
(Ont.), Canada, K1A OE4, Lindsay.Osborne@fpinnovations.ca
2
Joseph Su, National Research Council of Canada, Canada,
Joseph.Su@nrc-cnrc.gc.ca
3
Christian Dagenais, FPInnovations, Canada,
Christian.Dagenais@fpinnovations.ca

Figure 2: Earth Sciences Building (credit: GHL Consultants)
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In 2013, an expression of interest was made public by
the Canadian Wood Council for design teams wishing to
use innovative design to build tall wood demonstration
projects, with the initiative being financially supported
by Natural Resources Canada (NRCan). Among the
various proposed projects, two (2) have been selected.
These projects are actively under design and two have
reached the approval process by their respective
authorities having jurisdiction (AHJ).
During the 2015 NBCC amendment process for 5- and
6-storey mid-rise wood-frame construction in Canada,
issues have been raised about the use of combustible
construction for exit stairs and elevator shafts. This
discussion has now been extended to their use in tall
wood buildings, as it is of direct relevance. Exit stairs
and elevators are the primary means of egress for
occupants in multi-storey buildings, but they are also
often used by the fire service to fight a fire. For these
reasons these shafts require special attention and fire
protection.
Tall buildings have unique challenges for fires services
due to the limited number of egress paths, their height
preventing ground evacuations by the fire service for the
upper stories, long evacuation times, special water
supply considerations (needed pumps), challenges
related to mixed occupancy use, and strong stack effects
which can move smoke quickly through a building [2].
Due to higher occupancy loads and their unique
challenges there is potential for greater consequences of
a fire in these types of buildings.
A recent report from FPInnovations identified and
addressed areas of possible concerns related to woodbased exit stairs and elevator shafts in mid-rise and tall
wood buildings [3]. The report also discussed key fire
safety issues and demonstrated that shafts of mass timber
construction can achieve the minimum performance
level required in the NBCC. In order to facilitate the
adoption of mass timber exit shafts, as an alternative to
noncombustible construction having a similar fireresistance rating, it was determined that a demonstration
of their actual fire performance would be beneficial.

2 OBJECTIVES
A full-scale demonstration fire was conducted at
National Research Council Canada (NRCC) to
demonstrate that a 2-hr non-standard severe design fire
in an apartment would have little or no effect on an
adjacent shaft. The demonstration fire was performed to
support the approval of an alternative solution for a
deemed-to-satisfy 2-hr noncombustile construction,
intended for the construction of a tall wood building in
Quebec City (Canada).
Numerous representatives from the provinces of Québec
and Ontario were present for the demonstration,
including Ministère des Forêts, de la Faune et des Parcs
(MFFP), Régie du bâtiment (RBQ), the Cities of
Montréal, Ottawa, and Québec City as well as fire

services personnel from Montréal. The demonstration
fire design team, including FPInnovations, Nordic
Engineered Wood, GHL Consultants, and Technorm,
was also present.
Additional observers included the Canadian Wood
Council (CWC), CHM Fire Consultants, Yvan Blouin
Architecture, Association des chefs en sécurité incendie
du Québec (ACSIQ), Construction FGP, Sotramont,
Qualité Habitation, Natural Resources Canada, and Kott
Lumber.

3 MATERIALS AND METHODS
The actual building is planned to be 13 storeys which
includes a 12-storey cross-laminated timber (CLT)
structure above a 1-storey concrete podium. However,
for the purpose of this demonstration fire, a mock three
storey shaft and adjacent apartment was constructed to
demonstrate the fire performance of the proposed
structure (Figure 3).
3-storey
shaft
Residential
unit

Figure 3: Construction of the vertical shaft and adjacent unit

3.1 Assembly details
The structure was intended to replicate an apartment unit
(fire room) adjacent to an exit stair or elevator shaft. It
was mostly constructed using 5-ply CLT, 175 mm thick,
E1 stress grade conforming to ANSI/APA PRG-320 [4].
The exit shaft measured 4.6 m x 2.5 m by 9 m high and
was pressurised at 12 Pa for smoke control purposes (as
is specified in the design for the actual tall building).
The fire room measured 4.6 m x 5.2 m x 2.7 m high. A
rough opening (window) of 2.5 m x 1.8 m was provided
at the front to maximize ventilation conditions.
Construction details and drawings can be found in [5, 6].
3.1.1 Floor/ceiling assembly
The CLT panels were connected together using a simple
plywood surface-spline joint in the middle of the fire
room. The ceiling of the fire room had 90 mm of glass
fibre insulation placed between 80 mm metal ‘Z-bar’
channels spaced at 600 mm o.c. perpendicular to the
CLT strength axis. 16 mm (⅝”) furring channels, spaced
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at 400 mm o.c., were attached perpendicular to the Zchannels, to which one layer of 16 mm Type X gypsum
board was attached. The unexposed side was covered
with two (2) layers of cement board to replicate a
concrete topping. Concrete blocks were placed on the
floor above to induce a specified load of 4.74 kN/m², to
replicate a design fire loading condition in agreement
with paragraph A-25 of the NBCC Part 4 Structural
Commentary [7]. The configuration is shown in Figure
4. This figure depicts the actual planned design for
construction, which was slightly modified for
simplification. The actual building design calls for an
engineered wood floor, an acoustic membrane, a 38 mm
concrete topping, and a 12 mm wood subfloor. This was
represented in the demonstration structure by 2 layers of
cement board. It was important to replicate the additional
weight of the concrete topping but also capture its
potential contribution to sufficiently prevent integrity
(flame-through) and insulation failure

3.1.2 Wall assemblies
Inside the fire room, each of the 5-ply, 175 mm, CLT
walls were protected with 2 layers of 16 mm Type X
gypsum board which were directly attached using 50 mm
Type S screws spaced at 300 mm o.c. The joints in the
gypsum were staggered between the base and face
layers. The configuration is shown in Figure 6. Simple
half lap joints were used to connect adjacent CLT panels.

Figure 6: Wall assembly in the fire room (credit: Nordic)

Figure 4: Ceiling assembly in the fire room (credit: Nordic)

The strength axis of the CLT floor/ceiling assembly was
supported by glulam ledgers on both ends (Figure 5).
This was designed so that the failure of the floor/ceiling
assembly during a fire would not affect the integrity of
the vertical shaft during the fire. The glulam ledgers
were fully encapsulated using 2 layers of 16 mm (⅝”)
Type X gypsum board directly attached.

Similarly to the floor/ceiling assembly, the CLT wall
was previously evaluated in accordance with CAN/ULC
S101 and achieved 219 min of fire-resistance, thus
fulfilling the prescribed 2h FRR for tall buildings in
Canada.
The common shaft wall, between the shaft and the
apartment, had an additional steel stud partition wall
built in front of the two (2) layers of gypsum (creating a
19 mm air gap), as shown in Figure 7. The cavity formed
by the single 13 mm regular gypsum board and the steel
studs was filled with 64 mm of mineral wool insulation
to improve the sound insulation properties.

Figure 5: Detail of ceiling/ledger attachment (credit: Nordic)

The floor/ceiling assembly was previously evaluated in
accordance with CAN/ULC S101 [8] and achieved 128
min of fire-resistance, thus fulfilling the prescribed 2h
FRR for tall buildings in Canada.
Figure 7: Shaft wall assembly in the fire room (credit: Nordic)

WCTE 2016 e-book | 3852

3.1.3 Fire door
A 45-min fire door was installed on one side of the fire
room, in a wall perpendicular to the shaft wall,
simulating the separation between a corridor and a
residential unit. The gap between the metallic frame of
the fire door and the CLT wall rough opening was filled
using cement mortar only from the inside of the frame,
as shown in Figure 8. It was however difficult to
properly assess whether the fire door was indeed rated
for 45 min because it was not explicitly indicated on the
door label. A 45-min fire door was also located in shaft
in the wall opposite to the shared wall.

3.2 Instrumentation
The entire structure was instrumented with
thermocouples to measure the temperature distribution
within the fire room, but also at various locations within
the wall and floor assemblies. Two (2) thermocouple
trees were placed in the fire room, each tree having three
(3) thermocouples at 0.6 m, 1.6 m and 2.6 m (just below
the ceiling). Twenty-seven (27) thermocouples were
placed at the interface between the vertical shaft and the
apartment wall, namely: 9 thermocouples in the air gap,
nine (9) thermocouples between the gypsum board and
the CLT wall and nine (9) thermocouples at the
unexposed side (e.g. interior of the shaft wall). Twentyseven (27) thermocouples were placed at the interface in
the CLT ceiling assembly, namely: 9 thermocouples
above the resilient channels, nine (9) thermocouples
between the glass fiber and the CLT floor and nine (9)
thermocouples at the unexposed side (e.g. above the
floor). Thermocouples and an optical smoke density
meter were also placed in the shaft to capture any
temperature rise or smoke leakage.

4 RESULTS
4.1 Overall observations

Figure 8: Fire door – view from outside

3.1.4 Fuel load
The contents in the apartment were representative of a
high fuel load so that the fire dynamics and response of
the structure when exposed to a severe fire could be
observed. A fuel load density of 790 MJ/m² consisting of
furniture and wood cribs was used to simulate the 95th
percentile value of a residential primary bedroom based
on the work by Bwalya et al. [9]. Figure 9 shows the fuel
load density.

The fire was initiated on a loveseat and quickly reached
flashover within the first few minutes. Flames were seen
protruding out the window early in the fire (Figure 10).
Around 15 minutes, the gypsum ceiling began to fall off,
with temperatures beneath equivalent to the fire room,
i.e. greater than 900°C. At this time the CLT panels
appeared to be involved in fire and shortly after the
upholstered furniture and mattress were completely
consumed. After 20 minutes the fire door began to glow
red hot, but remained in place. After half an hour the
entire steel ceiling assembly, furring channels and Zchannels, fell.

Figure 10: Fire shortly after 5 min into the test

Figure 9: Fuel load inside fire room

Forty (40) minutes into the demonstration the fire
visually appeared to be decreasing in intensity, which
resulted in greater visibility into the room. This decrease
was attributed to the surface of the CLT panels being
charred which slowed the burning of the panels. As the
fire decreased, the back wall became observable and it
was apparent that the regular gypsum board had mostly
fallen off and the mineral wool insulation and steel studs
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were still in place. Figure 11 shows the inside of the fire
room after 90 min into the test.

concentrated near the ceiling and by the fire door. The
ledger beam was still in place and only lightly charred.
At the window the second layer of the CLT was charred
but still in place. Near the back of the room, by the fire
door, the second layer was still in place but had fallen off
in some places, exposing some of the uncharred third
layer of the CLT wall. It is difficult to determine how
much of the second layer fell off during the fire and how
much fell as the fire was extinguished since fire hoses
can exert strong forces.
4.2 Temperatures

Figure 11: Inside view of fire room after 90 min into the test

As the demonstration progressed, the 1st layer of CLT
began to fall off the ceiling at 60 min. Once the 1st layer
had fallen some more vigorous burning was noted at the
ceiling as the 2nd layer became exposed, however the
overall fire continued to reduce in size. Small pieces of
the 2nd layer were seen falling off at 100 min.

Temperatures in the compartment during the fire are
shown in Figure 13. As was the intention of the
demonstration, the design fire was more severe than a
standard fire to recreate a challenging scenario,
particularly for the first 30 min. Temperatures in the
apartment peaked between 1000-1100ºC by 10 min.
When the steel ceiling channels fell after 30 min, the
thermocouple trees were knocked down, so it is unclear
at what location certain temperatures were reading,
however all temperatures in the compartment appeared
to have already begun a declining trend just prior to 30
min.

There was no evidence of smoke or heat penetration into
the shaft throughout the duration of the fire, as
demonstrated by Figure 12.

Figure 13: Temperature from the thermocouple trees [6]

Thermocouples were also installed throughout the
compartment ceiling assembly. All of the nine (9)
unexposed measurement locations on the floor above the
compartment were well below the permitted temperature
rises prescribed in CAN/ULC-S101.
Figure 12: Inside view of CLT shaft after the test

The fire was permitted to burn for 2 hours, at which
point the intent of the demonstration had been met and
fire services were instructed to extinguish the remaining
fire.
After the demonstration, once the fire room had cooled,
remaining pieces of the interior acoustic wall in front of
the shaft wall (in particular the mineral wool insulation),
and any direct attached gypsum board that was still in
place was removed. Once removed, it was clear that a
large portion of the CLT shaft wall was uncharred. The
main areas of very light surface charring were

Both layers of Type X gypsum board remained in place
on the three (3) walls that were not shared with the shaft.
Temperatures behind the gypsum board in one of these
walls reached 300ºC around 60 min and did not exceed
500ºC, which indicates that the CLT walls were not
involved in flaming combustion and did not contribute to
the growth of the fire in the compartment. As with the
ceiling assembly, all temperature rises on the unexposed
sides of the walls were within the limits prescribed in
CAN/ULC-S101. Only the 1st ply in the CLT showed
evidence of charring and the remaining four (4) layers
were unaffected.
In the shared wall between the compartment and the
shaft, the mineral wool and two (2) layers of Type X
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gypsum board remained in place for the entirety of the
test, which therefore provided protection to the CLT
behind. Temperatures between the gypsum board and
the CLT in the shared wall are shown in Figure 14, all of
which remained below 400ºC throughout the fire. Less
than 5 mm of char was noted only in the upper left
quarter of this wall, the rest was uncharred. There was
no measured increase in temperature on the CLT surface
inside the shaft. There was also no change in smoke
optical density.

Figure 14: Temperature measured at CLT interface of shared
wall between fire room and vertical shaft [6]

4.3 Encapsulation performance
Encapsulation of the CLT was evaluated from
thermocouples that were at the CLT surface beneath any
gypsum board or insulation protection. The conservative
criteria that were employed to assess the performance of
the protection were an average temperature rise at the
exposed surface of 250ºC, or a maximum temperature
rise at any point of 270ºC. This is based on the
commonly accepted principle that wood begins to char at
300ºC. The determined encapsulation times are
presented in Table 1. In the shaft wall the single point
criteria was exceeded at 91 min, however the average
temperature rise only reached 210ºC, and never
exceeded 250ºC throughout the entire test duration.
Table 1: Encapsulation times during demonstration fire

Assembly
Ceiling
(insulation and CLT
surface)
Wall
(base layer of
gypsum board and
CLT surface)
Shaft wall
(base layer of
gypsum board and
CLT surface)

Time (min)
Average
Single
T = 250 ºC T = 270 ºC
15.7

15.2

60.9

56.9

(< 210ºC)

91.0

5 CONCLUSIONS
A demonstration fire was conducted to exhibit the
performance of a CLT exit shaft to withstand the effects
of a severe fire in an adjacent apartment unit.
The fire was permitted to burn for 2 hours, which was
the targeted goal to display the behaviour of the structure
based on the fire-resistance rating for vertical exit shafts
that is currently required for tall buildings using
noncombustible construction in Division B of the
NBCC.
Prior to the test, it was assumed that the fire would have
little effect on the CLT shaft, which was a valid
assumption. Throughout the duration of the fire no
impact was observed in the CLT shaft: there was no
evidence of temperature rise and no apparent smoke
leakage. After the completion of the demonstration,
there was limited localized light charring of the CLT
surface on the common shaft/apartment wall and the
remainder of the surface was unaffected and had not
even begun to char. This suggests there was little to no
effect of the design fire on the structure of the CLT shaft
itself.
It is essential that exit stairs and elevators shafts
maintain their structural integrity and tenable conditions
(in terms of smoke and temperature criteria) for
occupants to evacuate during a fire. It is also necessary
to protect these shafts for use by fire services so that they
will be able to easily access a fire for purposes of
extinguishment. This demonstration fire confirmed that
CLT can be used in exit stairs and elevator shafts to
provide 2 hours of protection allowing occupants to
safely evacuate and fire services to conduct their duties,
thus meeting the relevant Code objectives and functional
statements.
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ABSTRACT: Fire safety is widely perceived as a barrier to implementation of tall timber buildings, particularly for
engineered mass timber buildings with significant areas of exposed timber and timber structural framing. This negative
perception is exacerbated by a lack of scientific data or experimental evidence on a range of potentially important issues
that must be properly understood to undertake rational, performance-based engineering design of such structures. With
the goal of delivering fully engineered structural fire designs, this paper presents and discusses a framework for using
scientific knowledge, along with fire engineering tools and methods, to enable the design of timber buildings such that,
when subject to real fire loads, their performance is quantified. The steps in this framework are discussed with reference
to the available literature, in an effort to highlight areas where additional knowledge and tools are needed.
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1 INTRODUCTION 123
Despite advances in the development of engineered
timber, fire safety continues to be a key barrier to a full
timber building renaissance, particularly for tall
buildings with significant areas of exposed timber
elements. This negative perception is exacerbated by a
lack of high quality data and experimental evidence on a
range of potentially important issues required to
undertake engineering design. To deliver more advanced
fire safe and adaptable solutions, a detailed design
methodology based on the fundamental combustion and
structural behaviour of timber, the resulting fire
dynamics, and care in detailing and quality assurance
during design and construction, are needed.
A framework for using fire science and engineering tools
and methods to enable the performance of timber
buildings subject to real fire loads to be determined and
properly engineered is presented herein. The steps in this
framework are discussed, with reference to the available
literature, so as to highlight areas where additional
research and development are needed. The goal is to
review the literature in the most critical areas, and to
highlight research needs rather than to critique available
design methods; these have proved adequate in meeting
architectural ambitions to date. However, the
complexities of reality and the limits of the available
knowledge and methods are openly discussed.

2 EXISTING METHODOLOGY
Conventional design approaches for high-rise
construction typically rely upon the assumption of a non1
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combustible structural frame. Structural fire design
guidance for high-rise buildings has evolved over many
decades, within an engineering framework that
effectively prevented timber buildings above a given
height (specific limits depend on local regulations,
although typically in the range of 4-6 storeys). With the
advent of performance based regulation globally, and
concurrent with advances in engineered timber
construction technology and sustainability drivers in the
construction sector, the traditional limits on the height
and size of timber buildings have been steadily
decreasing, and ambitious projects for high-rise timber
buildings are becoming ever more widespread [1]. This
paper focuses on mass timber elements consisting of
either cross laminated timber (CLT) or glued laminated
timber (glulam), since these are the materials most likely
to be used in structural frames of high-rise timber
buildings of the future. The discussion is relevant also
for steel-timber or concrete-timber composite systems.
Current design codes [2] provide guidance on charring
rates and changes in mechanical properties that can be
used to perform structural fire resistance calculations for
engineered timber elements. These are applicable only to
ISO 834 [3] (or equivalent) fire exposures – and in most
cases are at least partly based on computational models
calibrated/validated using a comparatively small number
of furnace tests on isolated structural elements under
standard fire exposures [4]. The available codes and
guidance therefore cannot be directly applied to real
fires, or even to non-standard design fire scenarios.
There is also a relevant question as to whether standard
‘cellulosic’ fire testing scenarios are representative of the
fires to be expected in mass timber buildings [5, 6], and
whether a more detailed examination of the fire
dynamics in such buildings is warranted, particularly in
cases where large areas of exposed timber are expressed.
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The available methods are presently unable to account
for or predict a range of potentially important
phenomena: (1) delamination (i.e. surface ablation, or
so-called ‘loss of stickability’ of fire-exposed lamella) –
a phenomenon by which the outer lamellae, or parts
thereof, of an engineered timber product detach during
fire; (2) possible changes in compartment fire dynamics
due to the effectively increased fire load and changes in
distribution; or (3) continued flaming (or smouldering)
of the timber construction after burnout of the
compartment contents – all of which may be important
considerations in compartments with exposed timber.
A worst-case design scenario for tall buildings (i.e. if the
fire brigade are unable or unwilling to extinguish a fire)
requires that a building survive burnout of its internal
contents without intervention. Many in the building
industry appear unaware of this fundamental intent,
which forms the basis of structural fire resistance design.
A design for burnout mind set is particularly important
when considering the structural fire performance of tall
timber buildings to prevent uncontrollable fires and to
protect life, property, business continuity, etc.

3 PROPOSED METHODOLOGY
To address the specific risks associated with fires in tall
timber buildings, explicit consideration of features
unique to combustible construction in fire is required
during design, construction, and use. The concept of
‘total fire engineering’ [7] can be applied during design
to show how structural fire safety engineering design
should be approached across all such projects. The
design stages of an existing Total Fire Engineering
methodology
for
non-combustible
construction,
proposed by the authors for designing timber buildings
with exposed timber elements, are given in Table 1.

additional step (between steps (5) and (6)) is needed to
evaluate whether the enclosure can survive burnout of
the contents, and whether the construction can autoextinguish (i.e. stop burning after the compartment
contents are consumed). Furthermore, it is important to
consider the greater interdependency between the steps
that may be important for combustible construction. For
instance, the presence of large areas of exposed timber
may lead to a longer or more severe fire, smouldering
combustion may play an important role, or delamination
of outer timber lamella may result in secondary flashover
or other changes to the compartment fire dynamics, etc.

4 STATE-OF-THE-ART
The aim of the current paper is to discuss the key areas
in which additional research/knowledge is needed to
support application of an engineering design framework
similar to that given in Table 1. A number of knowledge
gaps, in six strongly interdependent categories, prevent
full application of this methodology to timber buildings:
(1) pyrolysis and charring; (2) fire dynamics; (3)
delamination; (4) smouldering; (5) thermo-mechanical
properties; and (6) real structural response. In some areas
a great deal of relevant information is already available,
and it is simply a matter of raising awareness of the
available knowledge; in other areas little is known and
additional original research is required.
4.1 PYROLYSIS AND CHARRING

Table 1: Concept Steps for Total Fire Engineering Design [7]
(1) Define and agree the structural fire performance objectives
(2) Develop relevant design fire(s) and resultant fire dynamics
(3) Idealise fire exposure as heat flux condition at boundary of
construction (i.e. surfaces of the structural elements)
(4) Conduct heat transfer analysis to determine thermal
propagation and thus temperatures throughout construction
(5) Determine thermal and mechanical material response at
elevated temperature, possibly including: loss of material
(charring, spalling, etc.); stress/strain response; thermal
expansion, deformations, thermal loads, etc.
(6) Determine resultant structural response and assess against
pre-defined acceptance criteria, realistic structural
interactions and critical failure modes
(7) Mitigate uncertainty through confidence, sensitivity
analysis, and/or risk assessment
(8) Take design actions, providing requisite levels of
performance subject to agreed functional design objectives

When exposed to heat, timber undergoes various
physical and chemical changes, depending on the
magnitude and duration of heating and the thermal
boundary conditions, arising from a combination of
dehydration, pyrolysis, flaming combustion, and
smouldering combustion; all of which depend on
complex, coupled material and system properties.
The rate of charring of timber has become the
fundamental parameter of interest in structural fire
resistance design of timber, and standardised charring
rates are widely used in design to estimate the size of the
‘residual’ cross section assumed to remain structurally
effective after a specified duration of exposure to the
standard fire, such that the element’s load bearing
capacity can be approximated and compared against the
load demand during fire. The majority of experimental
campaigns exploring timber pyrolysis and charring have
done so by studying charring rates; typically defined as
the rate at which the char front propagates through a
sample. This is often reported as the final char position
divided by the test duration, or in some cases by
monitoring the position of the 300°C isotherm. The
charring rate in reality may be highly variable.

Each of the steps in Table 1 is equally applicable to
combustible construction; however, to account for the
additional aforementioned phenomena, at least two key
modifications to the process are necessary. First,
development of the design fire and the resultant fire
dynamics in Step (2) must account for the effects of the
exposed combustible construction and the thermal
properties of the compartment boundaries. Second, an

4.1.1 Effect of Material Properties
Charring rate is commonly acknowledged to be
dependent on density [8-10], with various charring
models [11-13] using density as a key input variable.
However, for simplicity, the influence of density is
usually not considered for the fire design. In general, it
has been found that charring rates under exposure to the
standard temperature-time curve [3] vary from about
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0.8mm/min for some light, dry softwoods to about 0.4
mm/min for some dense, high moisture content
hardwoods. Decreasing density results in reducing
thermal conductivity which will also result in increased
flame spread rates for lower density timber [13].
The presence of moisture is also widely acknowledged
as retarding pyrolysis [9, 12, 14]. Friquin [9] reports that
moisture content has a significant effect, with charring
rate decreasing with increasing moisture content, as
more energy is required to evaporate the water.
However, it is difficult to make quantitative statements
regarding the influence of moisture on charring in real
fires based on the data available in the literature. In any
case most timber in buildings will be at an equilibrium
moisture content in the range of 9-12% [15], and is it
unlikely that its influence will be substantial in practice.
The permeability of timber is known to affect its
pyrolysis behaviour, with increasing charring rate as
permeability increases [9, 16]. This is largely associated
with grain direction, since permeability along the grain is
up to four orders of magnitude higher than across the
grain [9, 16]. Small changes in grain angle can thus
result in large changes in moisture and oxygen transport,
and significantly affect the charring rates [16]. Thermal
conductivity is also greater parallel to the grain, thus also
affecting charring [9]. White [17] tested various
composite timber products and found that some tests
showed faster charring perpendicular to the grain,
although this was attributed to delamination and fissures.
Wood species [9, 13, 18] affects factors such as density,
moisture content, and permeability. Additional factors
specific to a species, such as chemical composition (e.g.
lignin content [9, 19]) and anatomy [9, 12], may also
influence pyrolysis and charring. However, the impact of
species is not expected to be critical for softwood lumber
used in engineered mass timber buildings.
4.1.2 Effect of System Properties and Test Method
Pyrolysis and charring of wood are affected by test
samples’ orientation, due to inevitable effects on fire
dynamics and airflow over the sample [20]. However,
contradictory results are given in the literature, and no
firm conclusions on the specific effects can be drawn.
The literature indicates that pyrolysis rates increase with
sample size, although relatively few authors have
investigated this effect [9, 21], and in real buildings the
differences are probably negligible.
4.1.3 Effect of Fire Protection
The application of external fire protection is a wellknown method of increasing the standard fire resistance
of timber members [2, 22], when evaluated using furnace
testing. Through a similar process, the presence of a
robust, ‘stickable’ char layer in unprotected mass timber
elements, once developed, will also act as effective
protection for virgin wood below [8, 9, 23, 24]. As a
result, the pyrolysis rate of unprotected, fire-exposed
timber is initially high while no protective char layer
exists before decreasing to a lower, quasi-constant value
once a stable char layer has formed [23]. Schaffer
suggests that a char depth in the range of 6 [13] to 12mm
[25] is needed before a constant charring rate is reached.

It is also acknowledged that when a protective layer falls
off – either insulation board or due to delamination of a
timber lamella – the pyrolysis rate increases for a period
of time (about 20 mins), before stabilising again [24].
The thickness of lamellae is thus important to the fire
behaviour of CLT in cases where delamination occurs. If
lamellae are sufficiently thick, then the charring response
is effectively the same as for solid timber [26].
Otherwise variable/increased charring rates need to be
assumed for design [23, 24].
4.1.4 Effect of Severity of Heating
The heating scenario is well known to significantly
affect the charring rate of timber [10, 14, 20, 23, 27].
Increasing net heat fluxes result in increased pyrolysis
and charring rates, with the rates approximately linearly
dependent on net heat flux (however with considerable
scatter based on the available literature). Inghelbrecht
[28] has demonstrated that the mass loss rate (a proxy for
charring rate) of softwood timber tends towards an
asymptotic value regardless of heat flux, suggesting that
it is only the initial (higher) charring rate that strongly
depends on external heat flux. Charring rates under
steady-state conditions (i.e. once a char layer has
developed) may be less dependent on external heat flux
than previously believed. Schaffer [13] notes that crack
and fissure formation and size also depend on gas
temperature, and this may also influence charring.
4.1.5 Charring Rates for Design
Despite the complexities discussed above, most
standards assume constant charring rates on the order of
0.64mm/min for ISO fire exposure. This is based on an
average value obtained from tests on several timber
species in a variety of conditions [29] by the Joint Fire
Research Organisation using standard fire tests on floors
[18]. The New Zealand code [30] prescribes a charring
rate of 0.65mm/min. The Eurocode 5 [2] specifies a onedimensional charring rate of 0.65mm/min for softwood,
regardless of density, which is also applicable to glued
laminated timber. The same value is specified for
hardwoods with densities below 290kg/m3, however a
reduced value of 0.50mm/min is given for hardwoods
with densities above 450kg/m3 and linear interpolation is
used between these values. Eurocode 5 [2] also includes,
for softwood beams or columns, a slightly higher
notional charring rate of 0.7mm/min for glulam and
0.8mm/min for solid timber to account for the corner
rounding that occurs during two-dimensional charring.
As already discussed, initially protected timber is
expected to char at a higher rate when protection (or char
in the case of CLT) falls off [31]. The Australian
standard [32] considers variable charring rates as a
function of timber density, whereas in North America
the AFPA [33] recommend decreasing charring rates
with time of exposure to fire; this is likely to account for
the initial peak in charring rate which is experienced
before a stable char layer has formed.
Figure 1 shows the variation of charring rates with
timber density from the available literature, for standard
fire exposures in fire testing furnaces. Also shown are
the charring rates suggested in various design codes. The
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variability in the available data is clear, and designers
ought to keep this potential variability in mind when
undertaking simplified structural fire engineering
calculations based on notional charring rates. Finally, it
is noteworthy that the NFPA Guide for Fire and
Explosion Investigations [34] correctly states that
different fire intensities yield different charring rates.

Figure 1: Variation of charring rate with density

4.2 FIRE DYNAMICS
Whilst some research is available on CLT compartment
fires [6], considerable uncertainty remains regarding the
extent to which the fire dynamics are affected due to
varying amounts of exposed timber in real buildings. As
noted previously in Section 2, a key criterion for design
of tall mass timber buildings will be the occurrence of
auto-extinction; and the conditions under which this can
realistically be assured.
As with any building fire, an interaction exists between
the fire and the compartment linings. This becomes more
complex for flammable linings such as timber, since the
walls, ceilings, and floors are susceptible to combustion
that will produce additional pyrolysis gases, causing a
coupling between the burning of the fuel and the burning
of the compartment itself. Large solid timber panels (e.g.
CLT) have a reduced risk of fire spread through void
cavities as compared to light timber frames [41], but may
increase the effective fire load due to the available
surface area of timber and possible delamination during
heating (Section 4.3) [42]. Additionally, external flaming
from a compartment opening may be more severe, and
this may have important effects on external cladding or
façade systems, potentially increasing vertical fire spread
or necessitating greater fire separation to protect
neighbouring buildings.
A number of full-scale fire tests have been carried out on
heavy timber or timber-lined compartments. Frangi and
Fontana [43] undertook fire tests on modular timber
rooms (6.6× 3.1× 2.8m high) with an opening factor of
0.041 m0.5 to investigate the response times and
efficiency of detection and sprinkler systems, as well as
to study the structural response. Four different modules
were tested; two had combustible oriented strand board
(OSB) linings, and two were lined with gypsum board.

Three compartments had timber board flooring, and one
had a floor formed from hollow core elements. All floors
were covered by linoleum. The total fire load density for
rooms with non-combustible linings was 363-366MJ/m2,
whereas for rooms with combustible walls and ceilings it
was 855MJ/m2. Flashover occurred 30-55% earlier in
modules with combustible linings, and external flaming
was much more severe. No obvious differences were
measured in compartment temperatures for combustible
linings, due to limited availability of oxygen for
additional combustion of unburned pyrolysis gases
within the compartments.
Hakkarainen [44] carried out three tests on laminated
timber rooms (4.5× 3.5× 2.5m) with an opening factor
of 0.042m0.5 and varying amounts of gypsum board
protection (including an unprotected test). The total fire
load was 720MJ/m2 from wooden cribs. In the
unprotected test the compartment temperature averaged
about 700°C, which was 300°C to 500°C lower than
predicted by a parametric fire analysis [45]. This was
due to insufficient oxygen being available for complete
combustion within the compartment, resulting in
unburned gases flowing out the compartment and
burning once in contact with sufficient oxygen [43].
Compartment temperatures increased towards the end of
the test, although no clear explanation for this is given.
Frangi et al. [41] have presented a full scale test on a
three storey CLT building. Since the CLT panels were
fully encapsulated this test cannot be used for
understanding the behaviour of compartments with
exposed mass timber, although it highlights the wellknown benefits of non-combustible encapsulation.
McGregor et al. [46] report five tests on CLT rooms
(4.5× 3.5× 2.5m) with an opening factor of 0.042m0.5.
Two of these tests involved unprotected timber linings:
one with propane used as a fuel source, and the other
using furniture. In the unprotected tests the CLT panels
became rapidly involved during the growth phase of the
fire, resulting in an increased fire growth rate. Ceiling
panels ignited first, and within 20s all exposed CLT
surfaces ignited leading to rapid flashover. Combustion
of exposed CLT surfaces contributed about 50% of the
total 7MW HRR during the initial 20-30 minutes of
burning, without any obvious delamination. This HRR
contribution rose steadily to close to 100% of the 5.5
MW total HRR after 60 minutes, at which point the test
was extinguished. Involvement of CLT surfaces had no
noticeable effect on the gas temperatures inside the
compartments, however CLT surface involvement in the
fire increased the fire growth rates leading to reduced
times to flashover and tenability times, as well as
increased generation of volatiles and smoke. Localised
delamination of the CLT was observed to momentarily
increase the HRR due to burning of newly exposed
timber and until a new char layer had been established.
Crielaard [5] presents a series of small scale tests on
CLT compartments with various amounts of exposed
timber surfaces, to study the self-extinguishment of CLT
once the contents of a fire compartment have burned out.
The full details of the study are avoided here, however it
was shown that delamination of CLT lamellae during the
cooling phase of a compartment fire can sustain flaming
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combustion, or lead to a transition from smouldering
back to flaming combustion (i.e. secondary flashover).
Crielaard [5] goes on to show that delamination of
exposed CLT linings can be prevented by an increased
thickness of the top lamella, such that the charring front
does not reach the adhesive line.
Considerable additional research is needed before
definitive conclusions on the fire dynamics in
compartments with large areas of exposed timber can be
stated with confidence. However, the available testing
and above discussion suggest that fires in such
compartments can be expected to exhibit:
• faster fire growth and reduced time to flashover;
• no increase in compartment gas temperatures, since
oxygen availability governs the combustion process
and heat release rate within the compartment;
• increased production of volatiles and smoke due to
extra fire load for a given ventilation condition;
resulting in increased severity of external flaming;
• increased total heat release rate (up to 100%); and
• the potential for secondary flashover, due to a
combination of smouldering, delamination, and reradiation within the compartment [5].
4.3 DELAMINATION OR ‘LOSS OF
STICKABILITY’
Delamination is a phenomenon where the outer lamellae,
or parts thereof, detach from a timber element. It is a
topic of particular importance because delamination may
result in increased burning, due to generation of
additional combustible surfaces during the fire, or to reignition of the newly exposed timber, causing changes in
the fire dynamics and possibly leading to a ‘secondary
flashover’, as well as accelerating the loss of crosssection due to pyrolysis and charring; thus accelerating
reductions in load-bearing capacity.
It is thought that one of the primary causes of
delamination is softening of the polymer adhesive(s)
used in engineered timber manufacture, and several
researchers have thus focused on this issue. However, a
range of other factors may also influence delamination,
including: the magnitude of applied loading, thermal
deformations, dehydration, cracking and warping,
lamella thickness, heating conditions, sample orientation,
grain and lamella orientations, and mechanical restraint.
Schaffer [13] comments on the influence of adhesive
type on delamination. Samples of glulam Douglas fir
were subjected to heating in furnaces, in a vertical
orientation, and it was found that lamellae bonded with
phenol-resorcinol adhesive resisted delamination during
fire. Frangi et al. [24] tested spruce CLT panels in a
horizontal furnace under standard fire exposure.
Specimens were bonded either with polyurethane (PU)
or melamine urea formaldehyde (MUF) adhesives. The
effective charring rates increased after delamination of
the outer lamella for samples bonded with PU adhesive.
Samples bonded with MUF adhesive did not delaminate,
and thus the effective charring rates remained
approximately constant. Frangi et al. [24] confirmed that
using thicker lamellae resulted in lower effective
charring rates due to less frequent delaminations.

Frangi et al. [26] have also presented furnace tests
carried out on solid spruce panels and spruce CLT panels
bonded with a PU adhesive, in both horizontal and
vertical orientations. In a horizontal orientation
delamination occurred between 26.5 and 28 minutes into
the test, resulting in average effective charring rates
about 30% greater than for equivalent solid timber
panels. In a vertical orientation the effective charring
rates were unaffected by delamination, whereas in a
horizontal orientation the effective charring rate was
35% greater due to delamination.
Whilst the effects of delamination on effective charring
rates during furnace tests are reasonably well
understood, its causes and contributory factors (and the
critical temperatures associated with failure) should be
studied in greater detail, to allow its reliable prediction.
In particular, the failure modes and influences of
different adhesives require additional study.
4.4 SMOULDERING
A particular concern for high-rise mass timber buildings,
as compared with steel or concrete buildings, is the
potential for continuing smouldering once the
compartment contents have burned out, either within the
compartment or within concealed or encapsulated spaces
adjacent to the fire compartment. Smouldering is a
complex phenomenon in which the pyrolysis of the
timber is driven by surface oxidation of the char.
Smouldering is a flameless, heterogeneous mode of
combustion, which is characterised by pyrolysis and
oxidation of solid fuel and is typically slower and cooler
than flaming combustion [47]. From temperatures of 300
to 600°C, oxygen can exothermically attack the exposed
char layer [48], causing it to smoulder. This is most
likely to occur after the burnout of the compartment
contents, because the timescales required are much
longer than for flaming combustion. Smouldering is not
thought to be significant during the flaming stages of a
fire because the flaming combustion consumes available
oxygen before it can reach the char surface.
Solid phase char oxidation is the main heat source in
smouldering combustion [47] and can lead to selfsustained smouldering if the oxidation rate is sufficient
to drive the endothermic pyrolysis process [47]. Under
certain conditions, transition to flaming combustion may
occur, leading to sustained fire growth [47]. However, in
the absence of external heat sources or effective
insulation the heat losses from smouldering are typically
too large to allow sustained smouldering for extended
periods. Self sustaining smouldering of timber has been
found to continue only when material is exposed to
external heat fluxes of about 6-10kW/m2 [5, 28]. During
the cooling stages of a fire, the temperature within the
wood will often rise above gas temperatures due to
increasing char combustion after gas-phase combustion
has ceased [49].
It is noteworthy that lower heat fluxes may allow for
greater char oxidation in some cases, since volatile flow
is low and oxygen is able to reach and react with the char
[9]. For example, thermogravimetric analyses at different
heating rates has found char to oxidise at temperatures
raging from 400 to 650°C [50]. Also the yield of toxic
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4.5 MECHANICAL PROPERTIES
The mechanical properties of timber are known to
decrease with temperature [14, 52-54]. Reszka and
Torero state that lignin, a key natural polymer
component of wood’s microstructure, shows the most
significant mechanical changes at the lowest
temperatures. The glass transition temperature of watersaturated lignin can be as low as 60°C [14], leading to
loss of bond strength between fibres, with further
mechanical strength losses at temperatures around
100°C. Cellulose is another constituent of timber, and
provides timber’s tensile strength, the depolymerisation

of which occurs in the range of 200°C [14].
Hemicellulose provides timber’s compressive strength,
and exhibits mass losses beginning at about 180°C [14].
Reductions of mechanical properties of timber can be
expected at temperatures much lower than those required
for pyrolysis or charring. Detailed analysis of the
mechanical response of timber in fire thus requires an
understanding of the internal temperature distribution
during heating. Because of the above factors, loaded
timber members may, under certain conditions, fail at
temperatures as low as 50 [28] to 65°C [48], and
connection failures may be particularly sensitive [28].
Mechanical property reductions may depend also on:
moisture content, pH, heating medium, species, and
duration of exposure [48]. When calculating the residual
strength of timber, it is important to account for the timehistory of temperature, which affects the degree of
dehydration and depolymerisation that may have
occurred; if heated above 300°C (i.e. charred) then
strength is irrecoverable, and above 100°C (i.e. dried)
some time is needed to regain mechanical properties due
to reabsorption of moisture [56]. The effects of changing
moisture content are also important in determining
reductions in mechanical properties [52, 53]. Zones of
high moisture beneath the char layer may also locally
increase timber’s plasticity, potentially enabling stress
redistribution and improved structural performance [53].
4.5.1 Tensile Strength
Figure 2 shows the normalised reduction in tensile
strength of timber with increasing temperature when
loaded parallel to the grain. Considerable scatter is
evident, and possible reasons for this are the different
heating regimes and sample sizes used. In detailed
studies, tensile strength appears to reduce gently with
temperature up to about 200°C, before decreasing more
rapidly at the onset of rapid pyrolysis reactions [52].
Contradictory data on the effect of moisture on tensile
strength parallel to grain are given in the literature,
ranging from an 18% increase to a 14% decrease upon
drying from a moisture content of about 12% [52]. The
effect of moisture on tensile strength perpendicular to the
grain is also variable, with increases of 50% and
decreases of 10% reported upon drying [52]. Strength
perpendicular to the grain decreases rapidly, to about
50% at 100°C [52]
100

Relative Tensile Strength (%)

species including carbon monoxide is higher during
smouldering as compared with flaming combustion [50].
Propagation of smouldering is heavily dependent on the
rate of oxygen flow to the reaction zone [47]. Onedimensional smouldering is an idealised scenario often
approximated in real fires. This is characterised relative
to the direction of the oxygen flow – with either forward
or reverse propagation. Forward smouldering is
characterised by propagation velocities on the order of
1mm/min, however reverse smouldering is much slower
with propagation velocities on the order of 0.1mm/min.
Crielaard [5] tested twelve 100× 100× 50mm thick
softwood CLT samples under a cone calorimeter at
75kW/m2. When the samples had achieved a char depth
of 20mm they were moved to a second cone calorimeter
at a heat flux between 0-10kW/m2 to determine the
critical heat flux for extinction of smouldering; this was
found to be 5-6kW/m2. Crielaard also performed
experiments using forced airflows of 0.5 and 1.0m/s over
smouldering samples, and found that whilst the 0.5m/s
airflow led to faster extinction than with no airflow,
forced airflow of 1.0m/s led to sustained burning at a
heat flux of 6kW/m2. The convective airflow within a
compartment may therefore influence extinction once all
of the compartment contents have been consumed.
There are few detailed studies in the literature on
extinction of smouldering fires, but it is clear that this is
challenging due to the difficulties associated with getting
water to the hot char and the timescales involved in
cooling [51]. The timescales involved to detect and
effectively extinguish potential smouldering may also be
challenging for fire service responders. Furthermore, the
sensitivity of smouldering to parameters such as oxygen
flow means that this topic requires further investigation.
Smouldering is important when considering the use of
mass timber structural frames in high rise building
construction, since smouldering combustion and char
oxidation have the potential to continue to:
• release energy which, under certain conditions could
lead to further consumption of structural timber or
transition back to flaming combustion [5];
• generate significant quantities of toxic gases; and
• further reduce the structural capacity of timber
elements after flaming combustion has ceased.
Particular care is therefore needed to ensure that
smouldering combustion, which is a complex
phenomenon that depends on a range of factors, can be
prevented or halted following a fire in a timber building.
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Figure 2: Tensile strength of timber as a function of
temperature
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polymers that make up wood [62]. Shear strength
parallel to the grain increases by 20-50% on drying from
12%, but drops rapidly to zero upon heating to 200°C
[52]. This may have significant implications for specific
failure modes in fire, including rolling shear and
connection failure modes that do not govern at ambient.
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Figure 3: Compressive strength of timber as a function of
temperature

4.5.2 Compressive Strength
Figure 3 shows the reduction in normalized compressive
strength of timber with increasing temperature parallel to
the grain. Again, considerable scatter is evident, perhaps
due to the different heating regimes and sample sizes in
the tests. Compressive strength parallel to the grain
appears to be greatly influenced by moisture content,
with increases in strength of up to 70-80% for dry wood
as compared to wood at 12% moisture content [52].
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Figure 4: Modulus of elasticity of timber as a function of
temperature

4.5.3 Modulus of Elasticity and Shear Strength
Figure 4 shows the reduction in normalised modulus of
elasticity of timber with temperature. Again, there is
clear variability in the data. Elastic modulus parallel to
the grain may increase by up to 10% as moisture content
decreases from 12% [52]. Modulus of elasticity
perpendicular to the grain experiences even greater
increases, of 40-50%, with decreasing moisture from
12% [52]. Wet wood exhibits mildly decreasing modulus
with increasing temperature up to 225°C, before
decreasing rapidly at higher temperatures, whereas dry
wood exhibits steady decreases up to 300°C [52].
Perpendicular to the grain the elastic modulus decreases
drastically with temperature, dropping to zero at about
100°C regardless of the initial moisture content [52].
Shear modulus increases by about 25% with a decrease
in moisture content from 12% to 0%, and decreases by
about 50% with increasing temperature up to 80°C [52].
Rapid decreases in Young’s modulus at intermediate
moisture contents are due to water softening the

Mass timber construction (both solid and engineered) is
widely considered to perform well in fire, and many
timber structures have survived fire exposures and been
repaired for re-use [53]. However, uncertainty exists as
to the full frame structural response of high-rise mass
timber buildings in severe fires. Existing research
suggests that the Eurocode’s zero-strength layer analysis
method, originally intended for glued-laminated beams,
leads to non-conservative predictions of fire resistance
for CLT elements tested in standard fire testing furnaces
and that the method should be modified [74].
Uncertainties also exist regarding both full-frame and
element level failure modes in fire.
Rolling shear failures have been observed in some
configurations at ambient temperature [75], but only
tensile/flexural rupture has been explored in detail in
fire. And as already noted, uncertainty exists as to the
relevant mechanical properties of timber at elevated
temperature, with conflicting values presented in the
literature. The effects of thermal deformations, and their
potential impacts on full frame response and
delamination, also remain unknown. Timber expands
upon heating [31]; however unlike steel or concrete
König [31] states that the effective thermal expansion of
timber is negligible because timber at a ‘normal’
moisture content of 12% will also shrink as it dries. This
mostly offsets thermal expansion [54, 60]. König
concludes that isolated member analysis is sufficient for
timber structures, and that full frame effects can be
reasonably ignored [60]. The rate of shrinkage of timber
on drying depends on grain direction, and can be as
much as 12% tangentially and 8% radially, but only 0.1
to 0.2% longitudinally [60]. Thermal expansion for dry
wood is typically 3.1x10-6 to 4.5x10-6/K longitudinally,
and timber can therefore be expected to have a negligible
net negative expansion coefficient before charring.
Connections can be the crucial area in many mass timber
structures [76]. Connection failure modes at normal
temperature are typically brittle, even if after significant
deformations, and often occur due to splitting parallel to
the grain caused by rapid crack growth [76]. In fire, steel
components conduct more heat into the cross section and
higher charring rates are usually observed in connection
areas. Charring of connection side members promotes
ductile embedment failures, which are commonly
observed in fire tests particularly for connections loaded
parallel to the grain. A detailed discussion of timber
connection performance in fire is avoided here. Relevant
information is available from [77].

5 FUTURE RESEARCH PRIORITIES
Whilst the available design guidance and knowledge
have served the structural fire engineering community
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well up to now for application in conventional low rise
engineered timber buildings, the above discussions
suggest a range of research needs and opportunities
related to timber construction, and in particular the
design of tall timber buildings. By careful scientific
investigation of the relevant phenomena, likely at
multiple scales, the uncertainties can be mitigated, the
proposed methodology (i.e. Table 1) harnessed, and
design aspirations realised. The following sections
briefly summarise the key research needs to support tall
mass timber buildings with exposed timber surfaces.
5.1 CHARRING
Pyrolysis and charring rates of timber exposed to nonstandard heating are well known to be highly variable,
and to depend on a range of materials properties, system
properties, and exposure conditions. Charring rates used
for design are almost entirely based on standard heating
conditions, and may not be directly applicable to some
non-standard fire scenarios.
Whilst a great deal of research is available in this area,
and there does not appear to be an urgent need for
additional fundamental research on this topic, designers
ought to be made aware of this potential variability, so
that they keep in mind when undertaking simplified
structural fire engineering calculations based on notional
charring rates. Simple methods should be developed to
allow designers to quantify the charring rate for nonstandard design fire exposure. This can be done using
existing methods and tools.
5.2 FIRE DYNAMICS
The available data on the fire dynamics in compartments
with significant areas of exposed timber linings suggest
that fires in such compartments can be expected to
exhibit: faster fire growth and hence reduced time to
flashover; no significant increase in compartment gas
temperatures; increased production of volatiles and
smoke, resulting in increased amounts and severity of
external flaming; increased total heat release rate; and
the potential for secondary flashover. These phenomena
require quantification to mitigate uncertainty.
To determine the necessary design fires and resultant fire
dynamics in Step 1 of Table 1, representative small-scale
tests are necessary to understand and quantify the autoextinction properties of wood to apply in design.
Multiple large-scale compartment tests (both small and
open-plan) are also needed to verify the findings from
the small-scale tests, as well as to determine the typical
heat fluxes in a compartment with exposed timber, and
to verify the material response under these heat
exposures, particularly as relates to auto-extinction.
5.3 DELAMINATION
The effects of delamination on effective charring rates
under standard fire exposures in furnaces are reasonably
well understood, however its causes and contributory
factors should be studied more in detail, in order to allow
a reliable prediction of delamination. Work is therefore
necessary to properly understand and quantify the
thermo-physical causes of delamination, as well as the

potential consequences of delamination for both fire
dynamics and structural response in real buildings.
5.4 SMOULDERING
A particular concern for high-rise mass timber buildings,
as compared with equivalent steel or concrete buildings,
is on-going smouldering combustion once the
compartment contents have been consumed during a fire.
This may lead to: release of additional energy leading to
further charring or transition to flaming; generation of
significant quantities of toxic gases; and further
reduction the structural capacity. Research is needed to
understand the design actions required to ensure that
smouldering combustion can be prevented or halted
following a fire in a timber building.
5.5 MECHANICAL PROPERTIES
The available data on the mechanical properties of
timber at elevated temperature, which are directly
relevant to the rational calculation of member,
connection, and structural response during fire, are
highly variable and not well understood, particularly
under the transient thermal conditions of a fire in which
moisture movement and thermal gradients also play
significant roles. A great deal of additional research is
needed to characterise constitutive material properties
for timber under transient heating conditions, such that
careful computational modelling can be undertaken with
confidence.
5.6 REAL STRUCTURAL RESPONSE
Finally, to investigate the real structural response of
engineered timber elements, structural fire testing at
small and large scales is necessary. Properly
instrumented small-scale element tests under welldefined heating scenarios are needed to determine
temperature-dependent mechanical properties for
tension, compression, and shear that can be used as input
parameters for design models. Large-scale and fullframe tests are also necessary to validate the data
obtained, and to determine the variety of possible fire
induced failure modes that may occur in real mass
timber buildings.
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TIMBER UNDER REAL FIRE CONDITIONS – THE INFLUENCE OF
OXYGEN CONTENT AND GAS VELOCITY ON THE CHARRING
BEHAVIOR
Joachim Schmid1, Alessandro Santomaso2, Daniel Brandon3, Ulf Wickström4,
Andrea Frangi5

ABSTRACT: As for any building material, verification of fire resistance is mandatory for timber structures. While nonstandard fire design for steel members has long tradition, the corresponding possibilities for timber members are limited.
Reasons for this can be found in the degree of complexity of the material and the limited research done in the field. This
paper summarizes outcomes of tests, investigating the influences on the charring behaviour of timber by varying the
oxygen content and the gas velocity in the compartment. Results show that charring is depending on the fire compartment
temperature, but, results show further that at higher oxygen flow, char contraction was observed affecting the protective
function of the char layer. In particular, in the decay phase char contraction should be considered which may have a
significant impact to Performance Based Design using non-standard temperature fire curves where the complete fire
history including the cooling phase has to be taken into account.
KEYWORDS: Timber, Char contraction, Charring, Non-standard fire, Fire resistance

1 INTRODUCTION AND
BACKGROUND123
Fire design of structural timber members is done in
Europe according to rules given in the fire part of
Eurocode 5, EN 1995-1-2 [1]. Design models specified
herein are usually developed for standard fire exposure
[2]. Very limited models are available for non-standard
fires. In general, design of timber members considers (i)
the reduction of the cross-section (CS) by char as well as
(ii) the reduction of strength and stiffness of the residual
cross-section (RCS). The Reduced Cross-Section
Method, or Effective Cross-Section Method addresses (i)
by a time depending charring depth and (ii) by a so called
zero strength layer. The latter is not content of this study.
While the charring rate in standard fires according to ISO
834 or EN 1363-1 [2] is reported to be constant [3],
charring rates for non-standard fires varies and existing
rules may be questioned.
The origin of this study is based on observations in fire
resistance tests following the standard fire exposure
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(defined time-temperature and pressure curves as well as
minimum oxygen content of 4 % [2]) in different furnaces
where different charring rates were observed for the same
product. An additional motivation for this study is
observations of fire accidents where different RCS of
solid timber members inside a fire compartment
depending on the air flow [4].

2 TEST PROGRAM
In total 14 tests with various test conditions were
performed in a custom made, gas fired furnace. The tests
lasted 60 minutes after ignition. After each test the timber
specimen was removed from the furnace and any burning
was extinguished with water; this procedure took less than
30 seconds to allow for accurate evaluation of the RCS
and the char layer depth.
2.1 MATERIAL
Tests were performed with CLT (Cross Laminated
Timber) beams (150 mm x 150 mm x 1730 mm, C24
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European wood grade) with 12 % ±1 % equilibrium
moisture content. The five layer product (top layer
42 mm) is glued with PUR (Polyurethane) adhesive and
all specimens were stored in a conditioning room before
testing. CLT was used as it was aimed for a homogeneous
material with limited number of defects. The timber
members with a width of 150 mm were insulated on both
sides with stone wool (initial thickness 45 mm and density
of 35 kg/m3) to evoke one dimensional heat exposure and
charring of the surface exposed to fire. In four length
positions (CS A to D) the progression of char,
temperatures and the oxygen content were recorded
during the tests (measurement stations). Temperature
measurements were done by means of internal
thermocouples type K with welded junction (wire
3 mm) inserted in horizontal bore holes 1.75 mm;
wires were inserted so that the first 50 mm after the hot
junction were parallel to the Isotherms.
2.2 TEST EQUIPMENT
The equipment used in the tests is shown systematically
in Figure 1. The test set-up Figure 2consisted of (i) a gas
supply unit in which a defined gas volume and the oxygen
content of the supplied gas were controlled by means of
mixing ambient air with nitrogen or oxygen, (ii) a heating
device where the supply air was mixed with burning Gasol
(95 % Propane and 5 % Butane), (iii) a fire compartment
(insulated steel channel 200 mm x 160 mm x 2000 mm)
and, (iv) an exhaust unit (part of the fire lab). Three sides
of the fire compartment were designed to function as a
large plate thermometer (PT) [2] comprising a steel plate
at the exposed side and ceramic fibre insulation (double
layer in order to address the temperature differences) at
the unexposed side. Temperatures were measured at
sections A to D on the top and side of the fire
compartment. Tests were performed in low underpressure (ca. 10 Pa) to provide a good working
environment in the laboratory. The air velocity was
controlled in the inlet (cold condition) as well as in the fire

Figure 1: Schematic CS view of the test set-up

compartment using different measurement techniques, an
anemometer as well as a Pitot tube coupled with a
temperature measurement [5]. Both measurements were
in a reasonable good agreement. The oxygen content of
the air was measured with a paramagnetic and an
electrochemical method in five CSs, at the beginning of
the fire compartment (CS zero) and the sections A to D
distributed over the length of the specimen. The sample
gas was taken from the compartment by placing the probe
head (electrochemical method) and the sample pipe
(paramagnetic method) respectively in contact to the
timber surface. By means of openings at the side of the
probes, the sample gas was taken from distances of about
3 to 10 mm from the surface.
Data measurements (pressure, temperature, gas velocity,
oxygen concentration) were recorded with intervals of 1
to 60 seconds. The gas flow (ambient air, nitrogen,
oxygen, Propane) was adjusted manually and the Propane
gas flow (kg/h) was recorded manually when the set point
was changed.
2.3 TEST CONDITION
All fire tests aimed for a quick initial fire compartment
temperature rise and a constant temperature during the
test. During the early testing phases, different
temperatures of the compartment sections A to D were
measured. Additionally to the PT temperature, the gas
temperature inside the fire compartment was measured
using small thermocouples. The gas temperature was
further used to determine the gas velocity in the fire
condition in combination with a Pitot tube [5]. The
temperatures in the compartment followed an exponential
temperature increase, in later phases of each test a
temperature plateau between about 700°C and 900°C was
observed.
Gas velocities were varied between about 1 and 15 m/s in
the fire compartment and the oxygen between 5 and 15 %
(percentage by volume). This was accomplished by
setting the temperature level by means of the Propane
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burner at ambient air flow and then adjusting the mixture
of ambient air as well as the gases nitrogen and oxygen
form the gas tanks in order to reach the set point for the
oxygen level together with the gas velocity, see Table 1.
This procedure of firing the fire compartment was a
looped process.
Table 1: Test program (excluding calibration tests)
6
5
1
(a)

7
15
10
(b)
(c)

8
5
1
(a)

9
15
3
(b)

10
15
3

11
15
3
(b)

12
10
10
(c)

13
15
10
(b)
(c)

14
15
10
(b)
(c)

3 RESULTS

depth [mm]

The documentation comprises the following recordings:
(a) gas concentrations, (b) pressure, (c) gas velocity, (d)
temperature and (e) documentation of the specimen (RCS,
char layer depth) after the tests. For the evaluation of
charring depth in longitudinal direction, residual
longitudinal-sections at the centre lines of the timber
specimens were documented, see Figure 2Error!
Reference source not found..

Figure 3: Remaining CS (including the char layer) and
residual CS in the length allocated to CS B thermal exposure
(measurements at 700 mm)
d300 [mm]
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Figure 4: Estimated charring depth by means of the internal
thermocouples of Test 6 and 8 in CS C and D.

RCS Test 08
Initial height

60

10

time [min]

Total height after Test 08
80

0

1800

beam lenght [mm]

Figure 2: RCS (length profile), and total depth after the fire
Test 8 (1m/s gas velocity, 5 % O2)

To evaluate the RCS at the corresponding temperature
measurement stations (CS A to D), as well as effects of
the limited CS width of the beams, images of the RCS
were taken at the measurement stations, see Figure 3.
To follow the progress of charring within the CS during
the test the movement of the 300°C isotherm, assumed to
be equal to the char line [1], was evaluated using the
internal thermocouples for all specimens and all sections.
The results of the char progression in the corresponding
depths of the thermocouples (6 to 42 mm; step +6) are
presented for Tests 06 and Test 08 (gas velocity of 1 m/s
and 5 % oxygen content) in Figure 4.

3.1 Comparison of test results
Comparison was done by evaluating test results of similar
tests varying one parameter, i.e. (a) the temperature (b) the
oxygen content and (c) the gas velocity, see Sections 3.1.1
to 3.1.3.
3.1.1 Comparison (a) – Variation of the temperature
In Tests 06 and 08, see Table 1, the gas velocity as well
as the oxygen content were set to the same value, 1 m/s
and 5 % O2. The temperature plateau was deviating as the
burner effect was increased in test 08. In Figure 4, it is
shown that the test done with a higher temperature shows
slightly higher charring rates. The difference of the
charring rate is 0.12 mm/min in CS C and 0.09 mm/min
in CS D where slightly lower compartment temperatures
(PT temperatures) were measured. As a consequence, the
RCS was less for higher temperature, although the total
CS depth was observed to be about the same, i.e. 150 mm,
which means that no char contraction occurred, see Figure
5.

3.1.3 Comparison (c) – Variation of the oxygen
content
In the last comparison, Tests 07, 13 and 14 (O2 content
15 %) were compared with Test 12 (O2 content 10 %) to
study the dependence of the charring rate on the oxygen
content. As in the previous comparisons (a) and (b), the
other two parameters (in this case gas velocity and
temperature) were set to the same value in these tests, see
Table 1.
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Figure 5: RCS (length profile) and total depth after Tests 06 and
Test 08 (1m/s gas velocity, 5% oxygen).
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Figure 7: Maximum deviation of the charring depth estimated
by means of the internal thermocouples of Test 07, 13, 14 against
Test 12 in CS A.

In CS A, as shown in Figure 7, the char layer depth of the
high oxygen content tests is 6 mm larger than for the low
oxygen content test.
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3.1.2 Comparison (b) – Variation of the gas velocity
The determined charring depth of Test 07, 13 and 14
(v=10 m/s) were compared to Test 09 (v=3 m/s). All tests
within this comparison (b) had an oxygen of 15 %.
Besides the oxygen content, the temperature was the same
for all of the four tests in the steady phase of the
temperature-time curve (plateau), compare specifications
in Table 1. A difference of 12 mm thickness in the char
layer was observed in CS A comparing the high gas
velocity tests and the low velocity test, see Figure 6. Thus,
the maximum difference of the charring rate (in CS A) can
be assessed to be about 0.29 mm/min, see Figure 6. It was
concluded that timber members exposed to (i) high gas
velocity and (ii) high oxygen content, i.e. substantial mass
flow of oxygen lead to higher charring rates.

0,16 mm
min

100
60

time [min]

Figure 6: Maximum deviation of the charring depth estimated
by means of the internal thermocouples of Test 07, 13, 14 against
Test 09 in CS A.

Further, analysis of the RCS showed that the high gas
velocity combined with the high oxygen content lead to a
reduction of the char layer thickness. This result was more
distinct in CS A than at the end of the length profile of the
specimen.

90

0

300
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900

1200

1500

1800

length position x [mm]

Figure 8: Total depth (length profile) of specimens of Tests 07,
13, 14 against Test 12 in CS A

Thus, also corresponding charring rates are different. This
may be traced back to the reduction of the char layer
thickness as well as the glowing combustion. Tests with a
high oxygen content showed higher charring rates than
Test 12. The maximum difference in CS A is
0.16 mm/min.

depth h [mm]

To analyse the effect of gas velocity and/or the mass flow
of oxygen, thermal simulations were performed. The aim
of the simulations was to estimate the effect of the gas
velocity in comparison to temperature on the specimen. In
the following, two tests (Test 09 and Test 14) are
compared where equal temperature time curves were
achieved. The oxygen content was set to 15 % and the gas
velocity was 3 and 15 m/s respectively. For the
simulations it is assumed that the effective material
properties for standard fire are valid which are given in
[1]. This assumption is justifiable due to the limited
deviations of the temperature exposure from the standard
fire exposure.
170
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Test 14 (15m/s 15%)

160
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750

850

950
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Figure 9: Length profiles of RCS and total depth of specimens
of Test 9 and Test 14 in CS A.

As for the other tests, the temperature exposure showed
almost a logarithmic temperature rise (ca 30 min) up to a
plateau at about 800°C; the tests lasted 60 min. Fire
exposures (mean PT temperatures) are specified in Figure
10. Comparison of the specimens after the test showed
different CS depths for tests with respect to the total
remaining CS (total depth including the char layer) and
the RCS (virgin or uncharred wood). The length profile
was observed to be most steady in CS B at about 700 mm
length position which is further evaluated. It is assumed
that the compartment temperature measurements (PT
measurements) of any CS are valid for a length section of
about 500 mm. In the following, the RCS and temperature
measurements in CS B are further analysed, the
corresponding observed profiles of the RCS and the total
cross-section depth is given in Figure 9.
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Figure 10: Temperature in tests no. 09 and 14 and the
standard fire exposure

4.1 SIMULATION OF CHAR CONTRACTION
One dimensional finite element temperature simulations
were performed with a section of 1 mm width. Thermal
simulations were performed using the software SAFIR
[6]. Standard values for surface emissivity,   0.8 and
the convective heat transfer coefficients, un exp  9 and
 exp  25 Wm-2K-1, were used. The sides of the 1-D
section were assumed adiabatic and the unexposed side
held at 20°C. Simulations used the effective material
properties for density, heat capacity and heat conductivity
available in EN 1995-1-2 [1] although this values are
intended for standard fire exposure. This approach was
found to be reasonable as the deviation of the actual fire
exposure from the standard fire temperature time curve is
limited, see Figure 11.
900

Simulations

800

Target time

4 ANALYSIS OF THE EFFECT OF GAS
VELOCITY

Temperature T [ C]

The RCS and the total CS are lower for the tests with a
high oxygen percentage (Test 07, 13 and 14) if compared
with the low oxygen content test over the entire length of
the beam, see also Figure 8.

Temperature T [ C]
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Figure 11: Simulated surface temperatures and temperature at
a depth of 40 mm for different fire exposures with (case (ii) and
(iii)) and without (case (i)) char contraction.
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4.2 SIMULATION RESULTS AND CONCLUSION
Results for case (i) show lead charring of 40 mm at about
63 min which is only slightly later than the conservative
rules of EN 1995-1-2 [1], see Figure 11. In corresponding
fire tests performed in this study, the resultant charring
depth was 35 to 38 mm after 60 min.
Results for case (ii) show that the temperature increase in
40 mm deviates significantly after 30 min resulting in
charring at this depth about 8 min earlier than in case (i).
This indicates that the char layer provides significant
protection of the virgin wood in the inner part of the CS.
The significance of the char layer has been investigated in
many tests with cross-laminated timber where char
ablation (e.g. for Cross-Laminated Timber) lead to a
significantly increased charring rate.
Results for case (iii) show that considering the slightly
lower fire exposure measured in Test 14 charring would
not reach 40 mm depth. This is in contradiction to the
observations where the RCS was significantly below
110 mm (corresponding 40 mm charring depth) which
would be more appropriate for standard fire exposure.
Considering the actual difference of the char layer depth
(10 mm) and of the charring depth (42 and 35 mm) it can
be assumed that the only varying parameter, the gas
velocity, is finally responsible for the char oxidation and
subsequently the smaller RCS. It is assumed that the
actual gas velocity in combination with the oxygen
content leads to glowing combustion which causes char
contraction. It may be concluded that the effect is
corresponding to an increased fire compartment
temperature of up to 200°C.

5 ESTIMATION OF THE HEAT
RELEASE BY THE TEST SPECIMEN
When estimating the fire development in a compartment,
the fire load of timber structures has moved into the focus
of many authorities and researchers especially since solid
timber products, e.g. CLT, appeared on the market. With

the actual test set-up, it was possible to estimate the
contribution of the test specimen by two alternative
methods. Firstly, (A) based on the charring rate (charring
depth), and secondly, (B) by means of the oxygen
consumption.
5.1 ESTIMATION OF THE HEAT RELEASE BY
MEANS OF CHARRING (Method A)
Cone calorimeter tests have previously been conducted to
determine the heat release rate of different materials under
certain exposures of constant incident heat flux. In this
test, a specimen is exposed to a homogeneous incident
heat flux. It can be concluded that the following ratio is
valid:
(1)

HRR :   HR : dchar

where
HRR
HR



is the heat release rate,
is the heat release,
is the charring rate and

d char

is the charring depth.

As a basis for a compartment fire model, a relationship
between the charring rate and the heat release rate was
determined from cone calorimeter test results.
Investigations of heat release rates and corresponding
charring were investigated in [7].
Heat release rate [kW/m2]

At standard fire exposure, charring depth after one hour
can be expected to be about 40 mm according to the
simplified, linear charring rules in [1]; this value is
supported by numerous studies. In the following, this
depth was used as a reference depth at 60 min, i.e. the
temperature rise in 40 mm depth is analysed with respect
to different assumptions to investigate char contraction.
In Test 14, char contraction was observed to be about
10 mm after 60 min.
Char contraction was assumed to occur linearly which
was realized in the simulations by deleting elements in
equal steps of 6 min. Thus, for simulations, every 6 min
the calculation was stopped, one element (1 mm x 1 mm)
deleted and simulations were re-started using the before
obtained temperature field for the remaining elements.
The following cases were investigated:
(i)
Standard fire exposure and no char contraction as
basis for the following comparison.
(ii)
Standard fire exposure and char contraction to
document the importance of the char layer as insulating
layer.
(iii)
Actual fire exposure and char contraction.
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Figure 12: Heat release rate of untreated timber under 75kW/m2
exposure; reproduced from [7]

At 75 kW/m2 incident radiant heat flux, a heat release of
5400 kJ/m2 per millimetre of charring depth, for charring
depths exceeding 10 mm was determined. Results are
specified in Section 5.3.
5.2 ESTIMATION OF THE HEAT RELEASE BY
MEANS OF THE OXYGEN CONSUMPTION
(Method B)
The estimation of the heat release rate can be performed
from the oxygen consumption using calorimetry [8]. It
can be assumed that the heat release per consumed mass
of oxygen is 13.1 MJ/kg for most bio-based materials.
In the test setup, the oxygen concentration was measured
in CS zero, A, B, C and D. Further, the gas velocity in the
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compartment was determined and was assumed to be
constant. The mass of oxygen passing each section can be
determined in a similar way as is done using a cone
calorimeter. Results are specified in Section 5.3.
5.3 RESULTS OF THE HEAT RELEASE
ESTIMATION
The calculated heat release rates according to the methods
presented in Sections 5.1 and 5.2 are in rough agreement,
see Figure 13. However, the results are not accurate
enough to explain differences in heat release rates
between tests, as indicated in Table 2.
Table 2: Estimated heat release rate of Test 14 (15m/s, 15%
O2) and Test 09 (3m/s, 15% O2)

at high gas velocities and can be specified to about 20%.
It was concluded that Pitot tube measurements are more
reliable for measuring the gas velocity in fire
compartments.
Compartment gas analysis was performed using a hand
held electrochemical gas analyser and a paramagnetic
method. The electrochemical gas analyser offered in-situ
analysis of several parameters (gas types) which gave
similar results (± 1 %) than the more expensive
paramagnetic analysis which had to extract sample gas
from the compartment. In contrast to cone-calorimetry, it
seems that the electrochemical electrodes provide
sufficiently accurate results for the test set-up presented
here [9].

7 DISCUSSION
Heat release rate (kW/m2)
Method 1

Method 2
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Figure 13: Estimated heat release rates using method A and B

6 METHODS FOR SAMPLE GAS AND
GAS VELOCITY ANALYSIS
The study used redundant systems to determine the (i) gas
velocity and the (ii) oxygen content.
The gas velocity was estimated using a Pitot tube [5]
combined with a small thermocouple wire. Further, the
gas velocity was determined using an anemometer at the
gas inlet (after mixture of ambient air, oxygen and
nitrogen) adding to the effect of the combustion gases of
the Propane burners. The estimation was performed
considering the thermal expansion of the gases. The latter
was done using the gas temperature of the fire
compartment. The combustion of Propane increased the
inaccuracy as a combustion factor had to be introduced in
order to take into account for the incomplete combustion.
Differences between the calculation (anemometer) and
more direct measurements (Pitot tube) were most visible

7.1 Char contraction
Earlier studies reported char contraction but the observed
phenomenon could not be explained [10,11]. In contrast
to these two studies, in this study char contraction was
investigated in a closed compartment with a controlled
gas flow. In this study, the boundary conditions in the
combustion compartment were well defined. Results
show that a variation of the fire compartment environment
may lead to a char contraction of about 10 mm after
60 min which is in line to very recent studies [12].
Comparison (c), presented in Section 3.1.3, showed that a
fire compartment oxygen content of 15 % lead to char
contraction while using oxygen content of 10 and 5 %
gave no significant effect. It seems like there is a limit for
significant glowing combustion between 10 and 15 %.
This is in line with another study of calorimetric
experiments where the critical oxygen limit was found to
be 14 % [13].
For an oxygen content 15%, the gas velocity influenced
the char contraction, about 10 mm in difference, see
Figure 9. This can be explained by the increased mass
flow (turbulence) and thereby the enlarged transport of
oxygen to the combustible specimen’s surface. Thus, the
temperatures in the virgin wood were different depending
on the gas velocity as shown in Section 3.1.2. This is
obvious by following the progression of the 300°C
isotherm, assumed to be the char line [1], as shown in
Figure 6.
Based on Comparisons (b) and (c), presented above, it
seems that char contraction is rather a result of the gas
velocity of a distinct concentration above a critical limit,
than the oxygen content only. This explains, why no clear
results were found in other studies where the boundary
conditions were not sufficiently defined [10.11]. To
assess the effect on timber member temperature of the
char contraction (in combination with glowing
combustion) simulations were performed, see Section 4.
Simulations with standard fire exposure and char
contraction (case (ii)) show that the char layer works as
effective protection of the virgin wood. It was further
shown (case (iii)) that the temperatures at the char line
(target temperature 300°C at a depth of 40 mm as
observed from the test results) would still be very low (ca.
180°C) but glowing combustion induced by gas velocity
accounts for the significant difference, see Figure 11.

WCTE 2016 e-book | 3873

Two methods were used to estimate the heat release rate
caused by the combustible test specimen in different
testing environments. For cone calorimeter tests both test
methods were compared in an earlier study [9]. The
methods give results between ca. 45 and 60 kW/m2,
however, heat release rates over the time show
considerable inconsistencies, see Figure 13. Further, an
increased heat release rate for Test 14 where significant
glowing combustion was determined (compared to Test
09, see Section 4) could not be confirmed, see Table 2.

8 CONCLUSIONS
In the literature, the char layer development is considered
to be a crucial part of analysis of timber members exposed
to fire as it provides protection of the virgin wood. In more
recent studies concerns are raised that the charring adds to
the fire load when glowing. In this study, the focus was
(a) the contribution of the char glowing combustion to the
overall heat release and (b) the glowing effect on the
residual cross section. In order to study these effects, the
fire compartment environments were simulated by
varying (i) the compartment temperature, (ii) the gas
velocity and (iii) the oxygen content. In fires gas
velocities up to 15m/s are reasonable while during a fully
developed fire the oxygen content of the compartment gas
is very low for ventilation controlled fires. However, as
performance based design requires the consideration of an
entire fire, the decay phase should also be considered.
In this study, it was proven that the temperature has a
significant influence on the charring behaviour of a timber
member. Moreover, it was shown that glowing
combustion influences the char layer (char contraction)
for oxygen contents above about 15 %. The effect
becomes more significant when the gas velocity is
increased.
Following this conclusion many fire resistance tests
simulating entire including the cooling phase, may be
questioned as the ventilation conditions (oxygen content,
gas velocity) in the cooling phase were not controlled and
not documented. Studies that have investigated different
ventilation conditions are very rare but available literature
indicate significant differences [14].
In performance based design, the char contraction may be
taken into account in the decay phase depending on the
ventilation conditions due to temperature differences, e.g.
in stair cases.
Char contraction was estimated only after the test in lack
of methodologies to measure this value during the test.
Thus, it cannot be stated in which phase char contraction
occurs. In future tests, the char contraction should be
investigated further.
Considering the results presented for the heat release, no
dependency on the glowing combustion of the timber
member on the oxygen mass flow could be determined,
see Table 2.
In future studies the methods presented in this paper
should be improved the estimations of the heat release
rate. Further, the time of heat exposure should be extended
and the decay phase further evaluated.
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RELIABILITY OF TIMBER ELEMENTS EXPOSED TO FIRE
David Lange1, Lars Boström2, Joachim Schmid3

ABSTRACT: This paper discusses the principles of performance based structural design and motivates the need for
probabilistic assessment of the response of structures and an assessment of the consequences of failure. Using the
results from a series of tests carried out at SP in Sweden, we extrapolate data required for the assessment of timber
structures under a range of parametric fires. This data also includes information required to develop probabilistic
models of the response of timber elements under different parametric fires.
Using methodologies from the literature, we then carry out a reliability analysis of timber structures, considering
uncertainties the timber response to fire. This is carried out using the first order reliability method. We show that the
opening factor has an influence on the reliability of timber structures, as a result of the rate of heating in a parametric
fire exposure. A minimum reliability, evolving over time, is seen to occur at an opening factor of 0.14m1/2.
Finally, we propose a modification to the Eurocode target reliability indices that allows these to be used as a target
reliability index for structures exposed to fire. The proposed modification is dependent on the floor area and the method
is exemplified here for a range of floor areas and its application to timber structures is illustrated.
KEYWORDS: Reliability, target reliability, FORM, parametric fire exposure

1 INTRODUCTION

a foundation for risk and reliability informed decision
making in structural engineering projects [1].

The majority of structural fire engineering is
deterministic or based on simple demand / capacity
design, with uncertainties accounted for through the use
of appropriate factors for the load and or the resistance
of an element, or through the use of conservative
assumptions. Although the use of probabilistic methods
in structural fire engineering is limited by the availability
and quantity of suitable data, interest in these techniques
is growing.

The use of reliability methods including Monte Carlo
(MC) analysis and the First Order Reliability Method
(FORM), as well as fragility based design methods, is
gaining traction in both research and industrial
applications in fire safety engineering. Most of these
applications are limited to steel frame or composite
buildings [2 - 4] or reinforced concrete frames [5, 6].

Reliability is a fundamental concept of performance
based design. Target reliability indices may be set based
on the classification of buildings and reflect the expected
performance level of a building when exposed to
different types of loading including extreme loading.
Often measured as a reliability index, which is defined as
the number of standard deviations of the margin of
safety between its mean and 0, it provides a probabilistic
as opposed to deterministic measure of the performance
of a building exposed to different loads. ISO 2394 gives

The difference between demand / capacity and
performance based design is shown in Figure 1
(modified from [7]). Both approaches are based on an
iterative approach. In demand / capacity design the
iteration is based simply on a comparison of the load on
the structure and the capacity of the element. If the
structural element exceeds the demand placed upon it
then it is deemed to satisfy the design criteria, if not then
an iteration loop is performed to evaluate an element
with a higher capacity. In performance based design
there are two concepts added to this iteration process,
consideration of the consequences of the capacity not
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meeting the demand, and addressing the response and
these consequences in a non-deterministic way. Put
simply this means that although an element of structure
might fail as a result of loads placed on it, bearing in
mind the infrequency of the event, and so long as the
actual consequences are acceptable if they happen at this
frequency, then the overall design may still be
acceptable.

structures to both the ISO 834 standard fire and to real
fires, e.g. [11 – 15]. Common to all research, and to
design applications, is that the determination of fire
resistance of massive timber cross sections is based upon
the residual cross section of uncharred timber (virgin
wood) with some additional modification for the
material degradation behind the char front. Two charring
rates are provided in EN 1995-1-2 [16], the 1dimensional charring rate and the notional charring rate,
the difference being that the notional charring rate is
slightly larger in order to reduce the residual cross
section further, so that corner rounding and fissures do
not need to be taken into account, Figure 2.

Figure 1: Demand capacity versus performance based
design
Despite the interest in reliability based design, the
performance objectives, in terms of target reliabilities,
have received relatively little attention. One promising
approach is described by Law [8], where the authors
carried out a risk based benchmarking of failure
probabilities for multiple story buildings and linked an
implied performance objective, based on national
standards, to the probability of failure.
This paper explores the application of reliability
methods, specifically FORM to timber structures
exposed to fire. Based on an analysis of test data a
relationship is proposed between different parameter
distributions and the fire compartment. The influence of
load and opening factor on reliability is explored in
relation to timber elements exposed to fire.
Finally, the target reliability indices in the Eurocode are
considered and a modification to these is proposed that
enables a comparison between the annual or 50 year
performance objective and the calculated reliability of a
timber structure exposed to fire.
1.1 DESIGN OF TIMBER STRUCTURES IN FIRE
Fire exposure is typically represented as a nominal
temperature / time curve [9] which is also used for fire
testing. This model of fire exposure is vastly simplified
and does not account for the compartment geometry
including the openings; the available fuel; or the thermal
properties of the compartment. These factors are taken
account of in other, more realistic representations of fire
exposure, such as, e.g. the parametric fire, which is a
standardised alternative to this which accounts for the
above factors [10].
There has been extensive research in the past decades on
the response of massive and glued laminated timber

Figure 2: charring depth dchar,0 for one-dimensional charring
and notional charring depth dchar,n [16]

When using the notional charring rate the shape of the
cross section is vastly simplified so that the
determination of the strength of the section is based on a
rectangular section. The section modulus of a rectangular
section is described in equation (1), and the reduced
dimensions of the section in terms of the notional
charring rate are given in equations (2) and (3) for three
sided fire exposure. The section modulus relation to the
ultimate moment is given in equation (4).
𝐼 𝑏𝑓𝑖 𝑑𝑓𝑖
𝑊= =
𝑦
6

2

(1)

𝑏𝑓𝑖 = 𝑏 − 2𝛽𝑛 𝑡𝑓𝑖

(2)

𝑑𝑓𝑖 = 𝑑 − 𝛽𝑛 𝑡𝑓𝑖

(3)

𝑀𝑢 = 𝜎𝑦 𝑊

(4)

where W is the elastic section modulus, I is the second
moment of area, y is the depth to the centroid of the
cross section, b is the original breadth of the section, d is
the original depth of the section, bfi is the reduced
breadth of the section, dfi is the reduced depth of the
section, βn is the notional charring rate, tfi is the duration
of the fire exposure, Mu is the ultimate moment of the
section and σy is the yield strength in bending. As will be
discussed later, for fire exposed timber structures this is
taken to be the yield strength at ambient, and the
reduction in material properties due to heating are
addressed by a further reduction to the size of the cross
section. For exposure to the standard fire the notional
charring rate given in EN 1995-1-2 for glued laminated
timber with a characteristic density of ≥ 290 kg/m3,
βn=0.7mm/min.
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The notional charring rate may be determined from test
results (or simulations) by comparing the elastic section
modulus of the uncharred cross section (or the cross
section with temperature less than an assumed charring
temperature of 300° C in the case of calculations) with
that of an equivalent rectangular section and assuming a
constant charring depth around the perimeter. The
notional charring rate is then given by the constant
charring depth divided by the time of fire exposure.
For exposure to parametric fires, EN1995-1-2 proposes
a modified char rate, βpar, for unprotected soft wood
only, equation (5).
𝛽𝑝𝑎𝑟 = 1.5𝛽𝑛

0.2√𝛤 − 0.04
0.16√𝛤 + 0.08

(5)

(𝑂⁄𝑏)2

where 𝛤 = (0.04⁄

1160)2

Γ is a factor which controls the heating rate in the
parametric fire formulation in EN 1991-1-2. O is the
opening factor and b is the square root of the thermal
inertia of the wall linings. This gives a higher notional
charring rate for timber in an enclosure where the
conditions lead to a more aggressive increase in
temperature with time compared with the standard fire,
and a lower notional charring rate where the increase in
temperature in time is less aggressive in comparison with
the standard fire. Since the parametric fire includes a
heating and a cooling phase, this is taken into account
when determining the charring depth. There is an
increase in char rate followed by a steady state charring
rate when a suitably thick char layer has formed during
the heating phase of the fire; and a reducing char rate as
the temperature in the enclosure cools. According to a
corrigendum to EN 1995-1-2 the charred depth is then
taken as:

𝑑𝑐ℎ𝑎𝑟

𝛽𝑝𝑎𝑟 𝑡
𝑡 ≤ 𝑡0
2
𝑡0
𝑡
= 𝛽𝑝𝑎𝑟 (1.5𝑡 −
− ) 𝑡0 ≤ 𝑡 ≤ 3𝑡0
4𝑡0 4
2𝛽𝑝𝑎𝑟 𝑡0
3𝑡0 < 𝑡 ≤ 5𝑡0
{

(5)

q

where t 0 = 0.009 t,d, where qt,d is the design fire load
O
density and O is the opening factor. The intended result
is an effective charring rate which is constant for a
period t0, before reducing linearly to 0 for a period
corresponding to 2t0, Figure 3.
Two methods are described in EN 1995-1-2 for
determining the load bearing capacity of timber elements
in fire, the reduced cross section method and the reduced
properties method. Only the reduced (or effective) cross
section method is described in this paper.
In addition to the reduced dimensions of the section the
reduced cross section method requires the change in
material properties ahead of the char front to be

accounted for. As with other materials, stiffness and
strength of timber reduce with increased temperature.

Figure 3: relationship between charring rate and time [16]

To account for this, the section has a layer with assumed
zero strength and of a given thickness, d0 (mm), removed
from its dimensions prior to evaluation of the residual
capacity, defined by equation (6). This zero-strength
layer is intended to account for an area of timber which
has lost some of its strength as a result of preheating but
has not yet charred. The final width of the zero-strength
layer is equal to 7 mm under standard fire exposure
according to EN 1995-1-2.
𝑧0 = 𝑘0 𝑑0

(6)

𝑡⁄
𝑡 < 20 minutes
𝑘0 = { 20
1
𝑡 ≥ 20 minutes

(7)

The zero strength layer was first described in reports by
Bender and Schaffer for members in bending [17, 18].
The concept relies on the assumption that all of the loss
in strength in timber may be attributed to a finite and
fixed thickness of wood behind the char front of 0.3
inches. The 0.3 inch thickness of the layer has been
approximated to 7 mm in EN 1995-1-2 . Bender notes
[18] that the method compares favourably with work
from the literature which employed a simplified
formulation of an analytical solution for timber in fire.
An overview of the origins and background to the zerostrength layer is given by Schmid et al. [19], where it is
also shown that a zero-strength layer of 7 mm is often
non conservative. By reviewing the background to the
zero-strength layer and performing calculations they
demonstrate that the zero-strength layer is strongly
dependent upon the geometry and the loading conditions
as well as the time of fire exposure.
Schmid et al. [20] also carried out a further analysis of
153 fire tests including 117 members in bending. By
reanalysing the reported failure times of the members in
the tests they estimated the zero-strength layer for each
of the members. They concluded that the zero-strength
layer for members in bending varies between -6 mm
(implying uncertainties of the presumed material
characteristics) and 39 mm.
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Klippel et al. [21] reports on a series of numerical
simulations where the zero strength layer in tension and
compression as well as in bending is investigated. They
find that the depth of the zero-strength layer in tension
and compression varies between 6 and 16 mm depending
upon the cross-sectional dimensions as well as the
loading state. For bending he finds that the zero strength
layer varies between 7 and 12 mm depending upon the
cross-sectional dimensions as well as the time of fire
exposure. In conclusion Klippel finds z0 to be transient
as opposed to constant over the course of fire exposure,
since it is a function of heat penetration. They conclude
that a constant zero-strength layer may result in an
overestimation of the fire resistance time.

two parametric fires had an opening factor of 0.12 and
0.02. In both parametric temperature time curves the fuel
load was assumed to be 250 MJ/m2. The resulting
temperature time curves are shown in Figure 4.

2 FIRE TESTING OF GLULAM
TIMBER BEAMS
2.1 OVERVIEW
A series of full scale fire tests carried out at SP in
Sweden on Glulam timber elements provides an
appropriate data set to evaluate the reliability of timber
elements exposed to fire. In these tests, the response of
in total 32 glue laminated timber elements exposed to
different fire curves on a horizontal furnace, including
two parametric fire curves and a standard fire curve was
studied [22]. The test method and results are summarised
here to aid in discussion.
The results of the tests provided some information about
the notional charring rate and the zero strength layer of
timber exposed to parametric fires. The tests provided
information about the statistical variation of charring
rates of timber under exposure to various fires, as well as
the variation in the thickness of the zero strength layer
with fire exposure. The results showed that the zero
strength layer thickness and the variation in this and the
charring rate are all dependent on the heating rate. This
allows the reduced cross section method to be extended
to be applied to parametric fires, as well as provides a
large data set suitable for probabilistic study of the
response of timber exposed to parametric fires.
In total, four fire tests were carried out. In each fire test,
one group of eight beams was tested. The fire tests were
made in general in accordance with EN 1363-1 and EN
1365-3 [23, 24], but with some modifications.
Temperature was measured in the furnace, and the
furnace was controlled using 20 plate thermometers in
each test.
The fire exposure in the fire tests deviated from the
Standard Fire in two of the tests made. In the two tests
where a parametric fire was used, defined according to
EN 1991-1-2 , the thermal inertia of wall linings
assumed to calculate the temperature-time curve was
1160 J m−2 K−1 s−1/2 in both parametric fire tests (this,
when combined with an opening factor of 0.04 m1/2 and
a medium fire growth rate gives a parametric
temperature time curve which matches the standard
temperature time curve during the growth phase). The

Figure 4: Fire curves used in the fire tests

The testing standards prescribe a minimum fire exposed
length of 4000 mm. However in order to maximize the
number of beams which could be placed on the furnace
in these tests the fire exposed length was only 3300 mm,
allowing the timber beams to span the short axis of the
furnace. The beams were fire exposed on three sides, and
the top surface of the beams was covered with aerated
concrete blocks of depth 150 mm and with a density of
535kg/m3.
Each beam was loaded at two points using hydraulic
actuators. The beams were ‘paired’ so that the same load
was applied to both beams in a pair. The deflection of
each beam was measured adjacent to one of the loading
points with a resistive deformation transducer.
Prior to testing, the 32 glulam beams were sorted into 4
groups of 8 with similar mean and standard deviation of
the modulus of elasticity (measured using a hammer and
accelerometer). An additional group of 10 beams was
also created with similar distribution of stiffness. This
additional group of 10 beams was subject to static testing
until bending failure, and it is assumed that the
distribution of strength of this group of 10 specimens is
representative of the distribution of strength in the other
4 groups which were reserved for fire testing. The
stiffness of the 10 beams which were subject to static
testing was also measured during load application for
comparison with the stiffness of the beams measured
based on the response of the timber to the hammer. The
mean and standard deviations of distributions of
strength, stiffness, and density of all 42 beams are
summarised in Table 1.

WCTE 2016 e-book | 3878

Table 1: Mean and standard deviations of strength and
stiffness

μ
11 900 (13 000)

σ
370 (650)

Bending strength
(MPa)

37.8

6.2

Density2 (kg/m3)

460 (450)

11 (21)

1

MoE (MPa)

(8) is based on Annex A of EN 1995-1-2 , which
describes the variation in mean notional charring rate
dependent on Γ, given in equation (9). For the purposes
of this paper, the value of βn in equation (8) is taken to
be 0.72 which is the notional charring rate of the timber
exposed to the standard fire in the tests which are
described in this study.

𝜇𝛽𝑛,𝑝𝑎𝑟 = 1.5 × 𝛽𝑛

1.

Numbers in brackets represent mean and standard deviation based on
measurements of dynamic modulus of elasticity

2.

Numbers in brackets represent mean and standard deviation based on
small sample testing from each beam

2.2 TEST RESULTS SUMMARY
During the test, the charring rate was measured based on
the response of either 10 or 12 thermocouples installed
in each beam at various depths from the fire exposed
surface. At the end of each test the 1-dimensional
charring rate through both the width and the depth of the
beams, as well as the notional charring rates were also
determined based on a sectional analysis of the residual
cross section. The 1-dimensional charring rates
measured during the test could be compared with the
average 1-dimensional charring rates determined based
on the analysis of the residual cross-section, and this
showed good agreement. This gives confidence in the
determined notional charring rates based on the crosssectional analysis. Table 2 gives an overview of the
notional charring rates and their distributions based on
different values of the opening factor, O.
In addition to the measurement of the notional and 1dimensional charring rates, through analysis of the test
results, the zero strength layer depth for timber elements
exposed to parametric fires was also deduced. The mean
value of this layer thickness decreases with increasing
heating rate, or ‘aggression’ of fire scenario, while the
variance in the thickness of the layer increases with the
same. The distributions of the zero-strength layer
thickness are also summarised in Table 2.
Table 2: Mean and standard deviations of notional charring
rates and zero strength layer thickness based on fire testing
results

0.02

βn (mm/min)
μ
σ
0.36
0.02

0.04

0.72

0.06

14.8

1.45

0.12

1.02

0.12

7.6

0.67

O

μ
16

d0 (mm)

σ
0.68

Based on the results of this testing it is possible to
empirically fit expressions to describe the mean, μ, and
standard deviation, σ, of the notional charring rate under
parametric fire exposure, βn,par, and the depth of the zero
strength layer dependent on the opening factor. Equation

0.2√Γ − 0.04
0.16√Γ + 0.08

(8)

2

(𝑂⁄√𝑘𝜌𝑐 )
Γ=
(0.04⁄1160)2

(9)

Where O is the opening factor, and kρc is the thermal
inertia of the compartment linings. Equation (10)
describes the dependency of the standard deviation of
charring rate on Γ. This has a very similar form to
equation (8) and is based on a fit of the coefficients and
constants to agree with the experimental results. The
form of equations (8) and (10), as said, is based on
Annex A of EN 1995-1-2, although a linear
approximation would also fit reasonably well.
Equations (11) and (12) describe the mean and standard
deviation of the thickness of the zero strength layer,
which were again found to be dependent on the opening
factor. These are based on a linear fit to the data points,
which works well with the mean of the zero strength
layer thickness, but less well with the standard deviation.

𝜎𝛽𝑛,𝑝𝑎𝑟 = 0.06

0.45√Γ − 0.2
0.16√Γ + 0.08

(10)

𝜇𝑑0 = −85 × 𝑂 + 18

(11)

𝜎𝑑0 = −2.85 × 𝑂 + 1.1

(12)

A comparison between the data points given in Table 2
and equations 8, 10, 11 and 12 is given in Figure 5. The
circles represent the data points and the solid lines
represent the values determined from the equations.

3 RELIABILITY ASSESSMENT
3.1 METHODOLOGY
To summarise the concept of reliability, consider an
engineered system which is subject to a load represented
by the function Q(X), and which has a resistance
represented by the function R(X), where X is a vector of
the variables in the system. The overall response of the
system is described by the joint probability density
function, 𝑔(𝑋) = 𝑅(𝑋) − 𝑄(𝑋). The probability of
failure of the system is the probability that the resistance
will be less than the load:
𝑃𝑓 = 𝑃[𝑔(𝑋) ≤ 0] = 𝑃(𝑅(𝑋) ≤ 𝑄(𝑋))

(13)
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Figure 5: Mean and standard deviation of notional charring
rate and zero strength layer thickness at different opening
factors (circles represent data points from testing, lines
represent a fit from equations (8), (10), (11) and (12)

The reliability of the system, SR=P(Q(X)<R(X)), is
simply the compliment of the probability of failure
If g is normally distributed, then the reliability index, β,
is defined as the number of standard deviations of g
between its mean and 0 [25], equation (14) and Figure 6:
𝛽=

𝜇𝑔
𝜎𝑔

(14)

β is related to the probability of failure by:
𝑃𝑓 = Φ−1 (𝛽)

(15)

Where Φ-1 is the inverse cumulative density function
(and Φ is the cumulative density function).

Figure 6: the joint probability density function (β is the
number of standard deviations between the mean of g and 0)

The basis of reliability within the Eurocodes is the first
order reliability method (FORM). In this, the limit state
function is assumed to be linear and the most probable
point (or design point) is found through iteration, by
minimising the distance between the mean of the joint
probability density function and the failure line, as
shown in Figure 7. In this model, the load and resistance
variables are transformed into normal uncorrelated
variables so that g is also normally distributed.

Figure 7: Design point and reliability index β for Normally
distributed uncorrelated variables, adapted from [26]

3.2 APPLICATION OF FORM TO GLULAM
TIMBER ELEMENTS
To illustrate the application of FORM to a glulam timber
element in fire an analysis was performed varying the
notional charring rate, the zero strength layer depth and
the strength of the timber in bending. The first two
random variables were varied according to equations (8)
to (12), for various opening factors; and the third was
varied according to the values in Table 1. All other
variables are assumed deterministic in this study.
The performance function, g(x), in the analysis is
described by equation (16). This is based on the reduced
cross section method described, providing the
calculation of the resistance of a glulam timber beam
exposed to fire and the applied moment, Mapp, providing
the load on the beam. A state where g(x)≤0 represents
failure of the section. The width of the cross section is
assumed to be 140 mm; and the depth of the cross
section is assumed to be 270 mm. The zero strength
layer is assumed to evolve at a constant rate over a
period of 20 minutes in all cases. This last assumption is
clearly incorrect since for different heating rates it will
take longer for a zero strength layer of a given thickness
to form, however it is consistent with the Eurocode and
is used here for lack of any better data.
𝑔(𝑥)
= 𝜎𝑦

(𝑏 − 2(𝛽𝑛 𝑡𝑓𝑖 + 𝑘𝑜 𝑑0 ))(𝑑 − 𝛽𝑛 𝑡𝑓𝑖 − 𝑘𝑜 𝑑0 )2
6

− 𝑀𝑎𝑝𝑝

(16)
The study illustrates the evolution of the reliability index
of glulam timber over time of fire exposure. A number
of analyses were carried out, with opening factors of
0.02, 0.04, 0.06, 0.08, 0.14 and 0.2 m1/2 considered. The
applied load was also varied between analyses from just
10 % of the ambient capacity of the section, based on the
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mean strength in bending, to 50 % of the capacity of the
section at ambient temperature.
The evolution of reliability index with time for a range
of opening factors is shown in Figure 8. This is for a
timber section loaded with 10 % of its capacity based on
the mean strength of the section in bending and the
original dimensions of the cross section. The initial
reliability index is ca. 5.5 in all cases. While the slowest
reduction in reliability index is seen to occur with the
smallest opening factor, the steepest reduction in
reliability does not occur for the example with the largest
opening factor, but for an opening factor of 0.14 m1/2.
The reliabilities of all of the other examples lie between
these two extremes.

Considering the relationship between both the notional
charring rate and the zero strength layer thickness and
the opening factor shown in Figure 6, the increasing
opening factor, while it reduces the size and variation in
the zero strength layer thickness, leads to an increase in
mean charring rate and its variation. This helps to
explain this lower reliability at O = 0.14 m1/2 as a
transition between the influence of the uncertainties of
these variables on the overall uncertainty of the response
of the timber beam.
The most probable point, or MPP, in the system is the set
of variables which makes the most significant
contribution to the probability of failure of the system.
The evolution of the notional charring rate, the yield
strength and the thickness of the zero strength layer at
the MPP, assuming different opening factors, is shown in
Figures 10, 11 and 12. All three of these variables are
several standard deviations away from their mean values
at short periods of fire resistance, reflecting the high
reliability of the timber section at short periods of
exposure. These are shown for a load factor of 20 % of
the ultimate moment of the section at ambient.

Figure 8: evolution of reliability with time at various opening
factors

To illustrate this further, Figure 9 shows the variation of
the reliability index, β, at different times with the
opening factor, O. At short periods of fire exposure the
reliability index varies slightly with the opening factor,
however with prolonged fire exposure the reliability
index has a minimum at around an opening factor of
0.14 m1/2.

Figure 9: reliability plotted at various times versus the
opening factor

Figure 10: MPP notional charring rate

Figure 11: MPP yield strength
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situations including fire. These include the suitability of
target indices based on a long period for accidental loads
and loads which occur over very short durations [27].
Further, the reliabilities which are calculated in the
previous section are based on the assumption that a fire
has occurred. In order to address these issues, and to
provide a quick means of determining a target reliability
index, the following method is proposed to convert the
target reliability indices (hereafter referred to as
unmodified reliability indices) βu into modified
reliability indices, βm.
Table 3: recommended minimum values for reliability index
from EN 1990[26]
Figure 12: MPP zero strength layer thickness, d0

Finally, the dependence on the applied moment is shown
in Figure 13. This shows the reduction in reliability
index with time for four different load levels, 10 % to 40
% of the ultimate moment at ambient with an opening
factor of 0.04 m1/2. As expected, an increase load results
in a lower initial reliability index, with a reduction over
time which is shifted accordingly downwards.

Figure 13: effect of load on reliability (clockwise from top left:
load =: 10 %, 20 %, 30 % and 40 % of ultimate moment)

3.3 Target reliability
EN 1990[26] provides tentative target reliability indices
based on reliability classes (RC). RC3 is high rise
buildings, and other more important assets of
infrastructure; RC2 is residential buildings and
infrastructure assets; and RC1 is smaller buildings and
industrial facilities or minor assets of infrastructure. The
recommended reliability indices from EN 1990 are
summarised in Table 3 for two reference periods, 1 year
and 50 years.
The objective of doing any reliability analysis of a
structure has to be to compare the predicted reliability
with a target reliability. However, there are a number of
issues to consider when applying the recommended
values in, e.g. the Eurocode, to structures exposed to
temporary conditions such as emergency and crisis

Reference
period
1year
50 years

Consequence of failure
RC3
RC2
RC1
β=5.2
β=4.7
β=4.2
(Pf≈10-7)
(Pf≈10-6)
(Pf≈10-5)
β=4.3
β=3.8
β=3.3
(Pf≈9×10-6)
(Pf≈7×10-5)
(Pf≈5×10-4)

The objective of doing any reliability analysis of a
structure has to be to compare the predicted reliability
with a target reliability. However, there are a number of
issues to consider when applying the recommended
values in, e.g. the Eurocode, to structures exposed to
temporary conditions such as emergency and crisis
situations including fire. These include the suitability of
target indices based on a long period for accidental loads
and loads which occur over very short durations [27].
Further, the reliabilities which are calculated in the
previous section are based on the assumption that a fire
has occurred. In order to address these issues, and to
provide a quick means of determining a target reliability
index, the following method is proposed to convert the
target reliability indices (hereafter referred to as
unmodified reliability indices) βu into modified
reliability indices, βm.
The probabilities of failure associated with the target
reliability indices are associated with a given period, i.e.
they reflect the probability of failure of a structure per
annum or over the course of 50 years. This dependence
on the period needs to be removed to compare with the
reliability indices calculated above. Denoting the
probability of a fire occurring over a given period PE, the
probability of the system state being at the MPP (i.e. the
probability of failure) and of a fire occurring over the
period of interest can be written:
𝑃𝑓 = 𝑃𝐸 Φ−1 (𝛽𝑚 )

(17)

This is equivalent to the probability of failure which
must be compared with the target reliability index.
Rearranging this and applying the cumulative density
function gives:
𝛽𝑚 = Φ (

Φ−1 (𝛽𝑢 )
)
𝑃𝐸

(19)
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This can be used to modify the Eurocode target
reliability indices for a given period and for comparison
with the reliability calculated in the previous section.
This process results in a modification of the target
reliability index, although the calculated reliability index
could equally have been modified.
For example, the natural fire safety concept provides
some indication of the frequency of a structurally
significant fire, including some modification for the
presence of, e.g. sprinklers, smoke detection etc. Without
any modifiers, the frequency of a structurally significant
fire occurring is given as between 2×10-7 and 4×10-7 for
a typical office building / m2 / year [28]. This can be
used to modify the values in Table 4 for different floor
areas.

suggests a total floor area of the building of 50 to 100 m2
assuming a reliability class of 2, which is a not
unreasonable comparison.
This proposed method does not remove the factor of
time from the fire design process, however this could be
accounted for by accounting for the duration of the
heating phase in equation (5). If the fuel in a
compartment is sufficiently limited that the reliability of
the structure does not cross the target reliability during
the period of burning then the structure could be
considered to have met the reliability objectives of the
Eurocode.

Figure 14 shows the variation of the target reliability
index modified according to equation (19) and a 1 year
reference period according to table 4. The legend
indicates the unmodified reliability index. The target
reliability index is plotted against floor area, reflecting
the increased probability of ignition of larger buildings.
The reliability indices plotted are modified from an RC1
building.
Figure 15: overlay of modified target reliability indices for an
RC1 building, same example as before with 20 % load applied.
The labels indicate different floor areas

4 DISCUSSION AND CONCLUSIONS
We present an empirical relationship between mean and
standard deviation of the charring rate and the zero
strength layer based on experimental results. The mean
and variance in charring rate is seen to increase with an
increase in opening factor, whereas the zero strength
layer mean and variance is seen to decrease with the
same.
Figure 14: variation of modified target reliability indices with
Area

The negative modified target reliability index, βm,
associated with an unmodified target reliability index of
4.2 in Figure 14 is associated with a building of 100 m2
floor area, with a reliability class of 1. In this instance
the probability of a fire occurring is suitably small that
no additional consideration of structural response is
needed to ensure that the target reliability is met
(obviously this is not withstanding the ability of any
occupants to evacuate).
These same target reliability indices are plotted in Figure
15, overlaid on the same example as in Figure 9, but
with an applied load of 10 % of the ultimate moment at
ambient temperatures. Indices are plotted for 4 different
floor areas for illustration, 100, 200, 500 and 2000 m2.
Comparison of this with the example given by Law [7]
of 80 % reliability (Pf = 0.8) of an 18 m high building

Based on these relationships and other properties of
timber measured in the same experimental series, we
apply the First Order Reliability Method to timber
structures exposed to fire. The time varying reliability is
shown to vary with the opening factor and is lowest at an
opening factor equal to 0.14 m1/2.
The analysis considered the fuel load and the opening
factor to be deterministic. There is very little data on
glass breakage probabilities in fire or the variability of
opening factor and its fundamental basis is a feature of
the compartment in question, therefore it is treated here
as deterministic. If the opening factor was treated
probabilistically then the charring rate and zero strength
layer would be correlated to this. Although this is not an
issue with the application of FORM, for the purposes of
this paper it was not addressed.
Further, the analysis did not account for the cooling
phase of the fire. This could easily be incorporated into
the process by means of equation (6). Again, this would
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lead to a correlation between the charring rate and the
fuel load, which would need to be accounted for.
Characteristic of fires in compartments with small
opening factors is a slow increase in temperature and a
lower peak temperature. The results presented in this
paper further support a conjecture that timber elements
which are exposed to fires with these characteristics will
have high reliability over a prolonged period of time.
Finally, we addressed the issue of target reliability in fire
by modifying the target reliability indices of the
Eurocode based on floor area and probability of a
structurally significant fire occurring. This method
allows a comparison to be made between the reliability
index of a structure exposed to an accidental action with
a short duration, calculated using FORM in the example
shown, and the reliability targets of the Eurocode which
refer to a time period of 1 or 50 years. This method
could equally be used for other types of structures.
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BEHAVIOUR OF INSULATION MATERIALS IN TIMBER FRAME
ASSEMBLIES EXPOSED TO FIRE
Mattia Tiso1, Alar Just2
ABSTRACT: Current regulations do not provide extensive information about the contribution of commercially
available insulation materials to the fire resistance of timber frame assemblies. A search for the key properties of the
insulation material at elevated temperatures and its interaction with the timber elements under fire conditions was
conducted in order to achieve a qualification methodology to be included in the European standards concerning the
protection against charring for a wider range of insulations. Eight insulation materials representing as many typologies
as possible available on the market were selected. A series of model scale furnace tests of floor specimens for the
selected insulation materials was carried out. The loss in mass against the temperature of the insulation was also
investigated by means of thermo-gravimetric analysis. The results from model scale furnace tests showed that the
300°C isotherm on the interface wood-insulation could be an indicator of the fire protection given by insulations. This
indicates that it is possible to qualify the insulation materials according to their capability to protect timber elements
against charring. According to this qualification methodology, three classes of protection for batt-type insulation
materials are proposed.
KEYWORDS: Insulation materials, Timber frame assemblies, Fire resistance

1 INTRODUCTION 123
Insulation materials contribute to the fire resistance of
loadbearing timber frame assemblies by slowing down
the carbonization of the timber elements. The initial
protection for a timber member is given by the cladding.
The charring of a timber member covered by cladding is
considered the protection phase. After the fall-off of the
cladding, the secondary protection is to be provided by
insulation materials. The charring of a timber member
after the fall-off of the cladding is considered the postprotection phase.
The current Eurocode 5 Part 1-2 [1] presents a design
model to consider the contribution on the load bearing
function in timber frame assemblies filled with stone
wool is presented, which is extended to assemblies filled
by glass wool until the failure of the claddings. The
European guideline Fire Safety in Timber Buildings
(FSITB) [2] includes a design model that considers the
contribution of glass wool to the fire resistance during
the post protection phase..
The EN-standard regarding thermal insulation products
for building refers only to performance in reaction to fire
and, therefore, does not distinguish between differences
in fire resistance. See, for example, the standard for
factory made mineral wool product [3].
1
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Outside Europe the situation is different. In New
Zealand, fire regulations do not make any statements
about insulation materials. The national building code
just specifies fire resistance ratings for assemblies, and it
is up to the supplier to provide an assembly with the
required rating [4].
In Australia it is required in buildings other than houses
that timber assemblies with fire resistance ratings
include only non-combustible insulation materials [5].
The design model for timber frame assemblies
completely filled with stone wool presented in Eurocode
5 Part 1-2 was developed by König and Walleij [6]. It
considers a one-dimensional heat transfer, simplifying
the residual cross section into a rectangular one, and
introduces coefficients that correct the nominal charring
rate to take into account the corner roundings, the width
of cross-section and the presence of protection. Charring
is considered from the narrow side of cross-section.
The design model for glass wool protected timber frame
assemblies inserted in FSITB was proposed by Just [7].
It considers also charring from the lateral sides, with
different starting times for the top and the bottom of the
side; giving the residual cross section a trapezoidal
shape. This introduction was made due to a faster
recession of the glass wool in respect of the stone wool
in the fire condition.
Recent studies have demonstrated that the design model
included in Eurocode 5 can be used to predict the
charring depth of timber members completely filled with
insulation other than stone wool [8].
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A lack of information and limited investigations have
raised the necessity to develop a qualification
methodology that considers the contribution of a wide
range of insulation materials to the protection against the
charring of a timber member.

2 MATERIALS AND METHODS
Different insulation materials based on different sources
were studied using different methods in order to
understand the behaviour of the insulations at high
temperatures and their interaction with the timber
elements.
2.1 MATERIALS
Eight insulation materials were selected in order to
represent as many typologies as possible present on the
market. Batt-type insulation materials including mineral
wools, cellulose fibre insulation, polystyrene and
polyurethane board are considered (Table 1).
Table 1: Insulation materials selected

Material source
Glass wool
Stone wool
Stone wool
Mineral wool extruded at high
temperature
Mineral wool extruded at high
temperature
Polyurethane
Expanded polystyrene
Cellulose fibre

Abbreviation
GW
SW 1
SW 2
HTE 1
HTE 2
PUR
EPS
CF

2.2 MODEL SCALE FURNACE TESTS
For this study, a cubic meter furnace was used to study
the protection against the charring given by different
types of insulation.
Specimens of timber frame assemblies were tested in
horizontal position following the standard fire curve
according to ISO 834 [9] which corresponds to
EN 1363-1 [10] (Table 2).
The specimens consisted of a timber beam with sides
protected by insulation as a portion of the floor
(Figure 1).
The external dimensions of the specimens were
80 x 100 cm. Wood beams of spruce (average density
470 kg/m3, minimum density 400 kg/m3) classified as
C24 according to EN 338:2009 [11] were chosen.
At least one specimen for each insulation included a
timber beam cross-section with dimensions of
45 x 145 mm. Specimens insulated with GW and HTE 2
were also tested with 75 x 145 mm and 120 x 145 mm
cross-section dimensions of the timber beam.
Before testing, all specimens were conditioned in a
controlled climate chamber at 20°C and 65% RH.

Table 2: Overview of tests performed

Test
number
1
2
3
4
5
6
7
8
9
10
11
12
13
14

Insulation
material
GW
SW 1
SW 2
HTE 1
HTE 2
PUR
EPS
CF
GW
GW
HTE 2
HTE 2
HTE 2
HTE 2

Beam width
[mm]

45
45
45
45
45
45
45
45
75
120
45
45
75
120

Duration of
test [min]
52,2
59,2
60
60
60
54,3
45
60
60
60
60
60
60
60

The fire side of the tested assemblies was protected by
15 mm thick gypsum plasterboard Type F according to
EN 520:2004 [12] from different providers.
On the unexposed side of the specimen, a particle board
with the thickness of 19 mm was used in all the tests.
The insulation materials were glued on the particle board
by means of fluid sodium silicate based glue in order to
guarantee the stay in place of the insulation after the
failure of the cladding.
Thermocouples were embedded on the timber beam in
the middle of the section and on the interface woodinsulation; they were placed at different depths to follow
the charring scenario (Figure 2). All thermocouples were
placed in positions fairly free from knots.

Figure 1: Example of specimen tested in the cubic meter
furnace
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Figure 4: Clips used to hold the cladding

Figure 2: Disposition of thermocouples on the timber beam
cross section

Figure 3: Top view of specimen tested in the cubic meter
furnace

In order to obtain comparable results for the postprotection phase among the insulation materials, the falloff of the gypsum plasterboard was imposed at 45
minutes from the beginning of the test. This was done by
releasing the special fastening system (Figure 3 and
Figure 4). The fall-off time of the cladding was taken as
usually expected for the 15 mm thick gypsum
plasterboard type F.
The expected duration of the tests was 60 minutes; in
some tests the specimen was removed earlier due to the
start of charring of the particle board. The start of
charring of the particle board was controlled by means of
a thermocouple placed on the interface insulationparticle board, far from the timber beams.
At the end of the tests, the instrumented and the
minimum residual cross-sections were collected for each
beam.

Figure 5: Specimen insulated with stone wool

Figure 6: Specimen insulated with stone wool
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The loss in mass as a function of the temperature was
investigated using thermo-gravimetric analysis (TGA) of
the insulation materials. Before testing, all the specimens
were conditioned in a controlled climate chamber at
22°C and 50% RH.
The tests were performed in a temperature range from
20°C to 1000°C, increasing the temperature at a rate of
10 K/min.

d300 [mm]

2.3 THERMO-GRAVIMETRIC ANALYSIS
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3 RESULTS AND DISCUSSIONS
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Figure 8: 300°C isotherm positions as a function of time on the
sides of the timber beam

d300 [mm]

The charring depth in the middle of the cross-section
was obtained as the position of the 300°C isotherm from
temperatures was measured by thermocouples [1]. A
linear trend between the measurement points was
assumed. The results from tests including the same beam
width are compared (Figure 7).
As can be observed from the Figure 7, the charring in the
middle of the beam mostly differed in post-protection
phase. Looking at the charring rates during the post
protection phase, two different levels of charring rates
can be recognized.
In the same way, the position of the 300°C isotherm
measured by thermocouples placed on the sides of the
timber members was followed (Figure 8).
Also from this comparison, two different groups with
respect to the speed which the 300°C isotherm moves in
post-protection phase can be observed. In addition, the
test on EPS showed a steep velocity of the 300°C
isotherm on the side.
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3.1 MODEL SCALE FURNACE TEST RESULTS
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Figure 9: 300°C isotherm positions as a function of time on the
sides of the timber beam for specimens insulated with high
temperature extruded mineral wool
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Figure 7: Charring depth in middle of the cross section as a
function of the time

In order to assess the scatter, repeated tests on selected
insulations were performed. In Figure 9, the evolution of
the 300°C isotherms on the sides of the beams versus
time are compared. The comparison includes all the
measurements carried out in the single test including
specimens with different beam width.
Results are shown for glass wool and one of the high
temperature extruded mineral wool, gathered by material
(Figure 9 and Figure 10).
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Figure 10: 300°C isotherm positions as a function of time on
the sides of the timber beam for specimens insulated with glass
wool

Figure 12: Residual cross section of timber beam from
specimen insulated with high temperature extruded mineral
wool

Residual cross sections of timber beams from specimens
protected by different insulation materials are shown in
Figure 11-15. It is possible to observe similar shapes in
the residual cross-section of the beams protected by
stone wool and high temperature extruded mineral wool.
In all the other cases, different residual cross-section
shapes were observed.
The geometric properties of the residual cross sections
were obtained from the negative pictures of the residual
cross sections by means of AutoCAD. The residual
moment of inertia ratio is plotted versus time
(Figure 16). The results from tests with 45 mm wide
beams are compared. The residual moments of inertia of
the cross-sections in correspondence with the
thermocouples and minimum cross sections are plotted.

Figure 13: Residual cross-section of timber beam from
specimen insulated with glass wool

Figure 11: Residual cross-section of timber beam from
specimen insulated with stone wool
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Figure 14: Residual cross-section of timber beam from
specimen insulated with cellulose fibre
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Figure 16: Minimum residual moments of inertia divided
initial moment of inertia compared with the models for stone
wool and glass wool

From this data, it can be seen that the greatest residual
moments of inertia were accomplished in timber
elements insulated with stone wools and high
temperature extruded mineral wools. Smaller residual
moments of inertia were measured in the cellulose fibre
insulated specimen.
Assuming a decrease of moment of inertia according to
the design models presented in literature, the residual
sections of timber elements protected by glass wool and
polyurethane at 60 minutes could be comparable with the
ones obtained in the cellulose fibre insulated test. The
test of the specimen insulated by EPS was stopped at the
same time of the predicted fall-off of the cladding. At
that moment the insulation had already disappeared,
hence after the 45th minute the combustion of the timber
beam from three sides can be assumed.
3.2 THERMO-GRAVIMETRIC ANALYSIS
RESULTS

Figure 15: Residual cross-section of timber beam from
specimen insulated with expanded polystyrene

From the thermo-gravimetric analysis, it is possible to
distinguish between two different groups of insulations.
All mineral wool based insulations presented a loss in
mass at 1000°C less than 10%. Cellulose fibre insulation
PUR and EPS showed a completely different behaviour
with almost no material left at 1000°C (Figure 17).
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based on the speed at which the isotherm moves
during the protection phase,
 time which the 300°C isotherm reaches a depth
of 145 mm (line C in Figure 18) or depth of the
300°C isotherm at 60 min based on the
extrapolation of the speed at which the isotherm
moves during the post-protection phase (line D
in Figure 18).
Values are calculated on the average of (at least)
measurements on four sets of thermocouples placed on
beam sides.
According to this proposal (Figure 18), still three
different groups of insulations can be recognized.
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Figure 17: Loss in mass compared with temperature obtained
using thermo-gravimetric analysis
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4 QUALIFICATION METHODOLOGY
The results of this study indicate that the protection
against charring of a timber element given by different
insulations is different. The results in terms of charring
in the middle of the cross-section and the residual
moment of inertia showed that it is possible to identify
different groups of insulations gathered by a similar level
of protection. Within these groups it does not seem
possible to correlate the level of protection with the
material source of insulation. Therefore, a new approach
to qualify the insulation material is needed.
4.1 PROPOSAL FOR BATT-TYPE INSULATIONS
A qualification methodology for the protection against
the charring given by insulations is proposed.
Assuming that for this test configuration, the protection
against the charring given by insulation materials can be
seen in terms of protection from the heat flux coming
from the sides of the beam; hence it might be crucial to
understand where the protection offered by the insulation
materials ends.
Therefore, it can be assumed that the protection against
the heat flux coming from the sides ends where the
charring on the sides occurs.
The 300°C isotherm on the interface wood-insulation is
also an indicator of charring rate on the sides of the
beam. On the other hand, this can also be seen as an
indicator of the loss of protection against the charring
given by an insulation material.
The proposed qualification methodology is based on the
bi-linear trend of the 300°C isotherm at the side of the
beam during protection and post-protection phase. To
define this trend, three points are considered:
 reaching of 300°C at the surface (0 mm depth,
line A in Figure 18)
 depth of the 300°C isotherm at 45 min (imposed
fall-off of the cladding, line B in Figure 18)
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Figure 18: Proposal of qualification methodology for batt-type
insulations with respect to the protection against the charring
of timber members

4.2 DEFINITION OF PROTECTION CLASSES
It is possible to observe that within the same groups of
insulation identified in the comparisons according to
different properties (charring in the middle, residual
moment of inertia and qualification methodology
proposed), always the same insulation materials are
grouped together. Comparing the results of the
qualification methodology, the residual moment of
inertia and charring in the middle of the cross section
suggest that different classes of protection against the
charring provided by insulation materials in batt-type
can be defined.
These protection classes can be summarized as (from
weaker to stronger):
 insulation materials which do not guarantee
complete protection against charring during the
protection phase (line C on Figure 19),
 insulation materials which do not guarantee
complete protection against charring up to 60
minutes of fire test (line B on Figure 19),
 insulation materials which guarantee complete
protection against charring up to 60 minutes of
fire test (line A on figure 19).
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Furthermore, this qualification methodology identifies
three different classes of protection.
The findings could be used to calibrate the coefficients
for the charring rate depending on the insulation.
Since the study was limited to batt-type insulations, it
would be interesting to evaluate the efficacy of the
qualification methodology also on loose fill insulation
materials.
There is, therefore, a definite need for bringing forward
the study in order to complete the qualification
methodology and link it to the design model for timber
frame assemblies exposed to fire.
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Figure 19: Definition of protection classes for batt-type
insulations with respect to the protection against the charring
of timber members

Figure 19 shows three different classes of protection
defined with the qualification methodology.
According to this proposal, high temperature extruded
mineral wools and stone wools are qualified in the first
class of protection; glass wool, cellulose fibre insulation
and polyurethane board are qualified in the second class
of protection. Expanded polystyrene is qualified in the
third class of protection.
The described system of classification should help the
designer to distinguish between the wide range of
insulation materials in terms of protection of timber
elements against charring.
The purpose of this classification is to provide a basis for
the improved design model for timber frame assemblies
presented by the authors of this paper [13].

5 CONCLUSIONS
The main goal of the current study was to determine a
qualification methodology for the classification of e
insulation materials according to their protection against
the charring of timber elements.
The model scale furnace tests confirmed that there are
differences related to protection against charring
provided by different insulation materials.
This study showed that the 300°C isotherm on the
interface wood-insulation is also an indicator of the fire
protection given by insulations.
An implication of this is the possibility that the 300°C
isotherm can also be seen as the recession point of the
protection against the charring given by batt-type
insulation materials.
A qualification methodology for the contribution of batttype insulation materials to the fire protection of timber
elements is proposed.
The qualification is based on the recession of insulation
material against charring.
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TIMBER STRUCTURES SUBJECT TO NON STANDARD FIRE
EXPOSURE – ADVANCES CHALLENGES
Danny Ho

in1, Joa him S hmid2 and Kathin a L i an r Fri uin3

ABSTRACT: Timber is an inherently sustainable material which is important for future global construction. In recent
years many developments have been made in relation to timber technology and engineered timber construction products.
In the midst of a global tall building boom, such advances are permitting more complex, unusual and tall timber buildings
to be conceived and, ultimately, constructed in a number of the World’s metropolitan areas. Many of these increasingly
complex structures have or will be designed for structural resilience in fire based upon standard fire exposure, as either
mandated or informed by prescriptive design regulations or guidance. Traditionally, such regulations and guidance have
been intended to cater for the more straightforward or common situations. Not unique to timber, reasonable queries are
often raised regarding the appropriateness of prescriptive approaches and, inherently, standard fire exposure, for complex,
unusual and tall buildings. Therefore, it is increasingly the case that performance-based design (PBD) is integral to the
realisation of tall or complex buildings. Due to a number of barriers discussed herein, the same is less true for tall or
complex timber buildings.
Given engineering improvements have permitted timber construction to progress into high-rise applications, this paper
discusses advances made in the context of PBD for the resilience of timber structures in fire and the challenges that
remain, which must be overcome. Conclusions are drawn based upon the state of the art in four key areas. Namely; (i)
the structural fire engineering community’s ability to quantify the design goals with respect to structural resilience in fire,
(ii) advances that must be made in terms of the design processes undertaken, (iii) developments that are necessary with
regards simulation tools, specifically heat transfer, and (iv) improving understanding at the macro scale, with respect to
structural system behaviour in the event of fire.
A key conclusion of the paper is that a full and complete understanding of the minutiae of timber performance in fire is
not necessarily a key prerequisite for the realisation of tall and complex timber buildings. However, in the absence of a
fuller understanding of all nuances, a higher degree of redundancy / conservatism should be practiced. Ultimately, it is
expected that a better understanding of timber behaviour subject to a range of heating regimes will, like other construction
materials, result in improved efficiencies. Much research is required before this is likely to be actualised. Finally, the
challenge of successful execution of timber construction is discussed in terms of implementing fire resistance strategies.
KEYWORDS: Timber, parametric fires, heat transfer, charring, performance-based design

1 INTRODUCTION 123
Timber is an inherently sustainable material which is
important for future global construction. In recent years
many developments have been made in relation to timber
technology and construction products. As the construction
industry continues to look to construct more efficient, cost
effective and sustainable buildings, a number of new
engineered timber products have emerged which are
principally manufactured off-site. In terms of light timber
frame, products such as structural insulated panels (SIPs)
and engineered floor joists have materialised. For heavy
timber construction, systems such as glulam, LVL and
cross-laminated timber (CLT) are now increasingly
1
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common. The emergence of engineered timber systems,
coupled with the indubitable sustainability benefits, has
resulted in a renaissance in wood construction, with
boundaries pushed in terms of building height and
complexity. Despite the advances in technology, and the
complexity of buildings for which their application is
aspired, design methodologies for fire resistance remain
focussed on isolated member behaviour under standard
fire exposure (the standard temperature-time curve, also
known as ISO 834) [1]-[2]. This paper reviews the
relevance of standard fire exposure moving forward, and
the alternatives and challenges associated with dealing
with more complex structures in more considered and
realistic ways (i.e. subject to realistic thermal exposure).
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2 TRENDS, ASPIRATIONS
RESISTANCE DESIGN

FIRE

2.1 APPETITE FOR THE COMPLEX UNUSUAL
Tall buildings are increasingly conceived to deliver the
ever growing demand for space in densely populated
urban areas. Recent UK media reports suggest that in
excess of 400 towers (qualified as those with 20 or more
storeys) are either planned, being designed or are under
construction in London alone [3]. The UK is not unique
and the world is in the midst of a tall building boom, with
more skyscrapers being conceived than ever before. It is
expected that sustainability will soon have a significant
influence on the choice of materials in any building, when
the European Construction Product Regulation is fully
implemented [4]. Sustainability has to then be addressed
by e.g. environmental assessment schemes (such as
BREEAM – UK and LEED – USA) and become
compulsory expectations for clients and planning
authorities. Thus, it is probable that timber will have a
pivotal role in forming many of the emerging tall
constructions. This is evidenced by Michael Green’s [5]
proposals for the world’s tallest timber building in Paris,
which dwarfs the current Forte Apartments in Melbourne
and London’s Stadthaus and Wenlock Road (Figure 1).

Figure 1: enlock Roa , on on contemporary m high
C an steel hy ri resi ential structure mage a kins
ro n

The limits of timber construction are being explored
further still, with studies underway to investigate the
viability of a tower that would rival the Shard as one of
Western Europe’s tallest structures (Figure 2). Alongside
this, 30 storey plus timber towers are being planned in
Stockholm, Vienna and Vancouver. The quite reasonable
question often arises as to how structural resilience in fire
is to be addressed.
2.2 THE EVOLUTION OF TALL BUILDINGS
As designers are about to break limits for coming complex
high rise buildings made from timber, a short look at the
history of today’s conventional skyscrapers is prudent.
The first high rise buildings were likely built as temples
in Asia; predominantly with timber as building material.
In addition to churches and watchtowers, examples of
high rise residential buildings are residence towers (e.g. in
Tao Ping, China, Shibam, Yemen, and Bologna, Italy). In
general, the structure comprised masonry walls and up to
ten timber floors.

Figure 2: Concept esign or the
tim er skyscraper, on on mage

m ak oo
ar ican
architecture

The success of high rise buildings at this time was limited
as the accessibility of the upper floors was restricted. With
the improvements of lifts by Otis 1853 (roller shutter) and
the impact of the Chicago fire 1871, the foundation of
modern high-rise buildings was created. Following the
conflagration in the US, it was not unexpected that
building law restrictions required “fireproof materials”,
but the re-creation of Chicago was slow in the years after
the fire. The first two high-rise buildings in Chicago were
the Montauk building (1882; iron frame structure
protected with clay) and the Home Insurance Building
(1884). For obvious reasons, fire safety was a major topic
of the latter. Originally planned with cast iron frame
structure, the building was realised with structural steel
members. The structure was intended to give the building
a traditional masonry appearance, with larger openings.
Well-thought-out details were designed in order to
address the steel’s sensitivity to fire. With its new
architecture and safety standard, the building is
considered as the origin of the “Chicago School” design
basis for high-rise buildings, which influenced the
skylines of Chicago and New York [6].
With respect to timber, lessons can be learned from the
history of “conventional” skyscrapers, as fire safety was
of major interest from the very beginning, due to the
expensive lessons of urbanism. The “Chicago School” did
not only provide innovative architectural design, but also
careful detailing of structural members and resilient
connections, with respect to fire. It can be assumed that
many measures taken were very conservative, likely due
to the lack of experience. Today, complex building
structures may express unprotected steel trusses, for
example, but at the early stages of skyscrapers this would
have been unimaginable. New material design, new
concepts, new verification procedures, but also intense
research, testing experience and advances by practice,
have led today’s design possibilities to an actual state of
practice. It would, therefore, be naïve to expect complex
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timber buildings not to have to follow a similar path in the
short term, if they are to be realised more frequently.
However, it is envisaged that more considered design
approaches will develop that are underpinned by
contemporary research. The following sections, therefore,
document what is understood, such that appropriately
conservative solutions can be developed until such time
that research has progressed, facilitating optimisations.
2.3 PRESCRIPTIVE FIRE RESISTANCE AS A
BASIS
Throughout the developed world, building codes,
regulations and prescriptive guidance define how
structural resilience in the event of fire may be achieved
in particular circumstances. Prescriptive guidance for fire
safety is typically intended to deliver an acceptable level
of safety for those within or in the vicinity of a common
(straightforward)
building.
Defining
what
is
common/straightforward versus what might be
considered unusual/complex is not a simple task.
However, reviewing where the concept of standard fire
testing emerged from and how this has influenced
contemporary design guidance does suggest a potential
disconnect between construction ambitions and the
codes/regulations/guidance
governing
relevant
provisions. There are several reasons for this
disconnection:






The standard fire test was originally conceived
to contrast the credentials of proclaimed fireproof (inert) materials in the wake of the
Baltimore & San Francisco conflagrations, and
not to address the fire performance of
combustible materials, such as timber [7];
The standard fire exposure might not adequately
nor conservatively represent the fire dynamics
expected within all buildings. This is particularly
of importance for combustible framing
materials, where the structure may directly
influence the fire dynamics [8]; and
Structural response in the event of fire might not
correlate adequately, nor conservatively, with
the behaviour of isolated elements, subject to the
boundary conditions imposed by furnace testing
protocols [8].

Therefore, more deliberated approaches will be required
to deliver many of the modern buildings being conceived,
for example performance-based design. This is by virtue
of such buildings likely falling outside of the original
intent of standardised furnace testing regimes and the
guidance documents that specify fire resistance according
to the same concept(s). Tall and/or complex timber
structures are particularly pronounced examples of
buildings where alternative routes to demonstrating
acceptable fire performance are likely to be required.
2.4 DESIGN OF TIMBER FOR STANDARD FIRE
EXPOSURE
Almost without exception, timber structures are designed
for structural resilience in the event of fire based upon

standard fire exposure. Design rules, such as the reduced
cross-section method or reduced properties method
contained in EN 1995-1-2 [9], have been developed based
upon standard furnace tests. They are, therefore,
implicitly restricted to simple and low-rise buildings in
the absence of further interrogation.
The conventional means of quantifying the consequence
of heat transfer is via charring rates. These would
typically be derived from experiments, either by
reviewing residual material after a certain period of
furnace exposure, or by monitoring the position of the
300°C isotherm (with respect to depth and time). In either
case, there is no direct interrogation of how the char depth
manifests, either as a direct consequence of the external
heat flux, or the energy generated at the timber surface as
it smoulders (or combinations thereof).
For design purposes, the charring rates would be taken as
a constant under standard fire exposure (depending upon
species, product, density, etc.), and multiplied by time to
give an overall depth of char. The charring depth would
be augmented by an additional ‘zero-strength-layer’ in
acknowledgement that some degradation in strength and
stiffness has occurred within the uncharred portions of
timber. The residual section is then designed to resist the
actions arising from the relevant accidental load
combination. This process would be undertaken on an
element by element basis, on the premise that the
behaviour of each isolated element is an adequate proxy
for the behaviour of the structural frame in its entirety.
2.

THE ROLE OF PERFORMANCE BASED
DESIGN – UK EXPERIENCE

In the UK [10] (and replicated elsewhere in continental
Europe) the legal requirements with respect to structural
resilience in fire are functional. That is, they describe the
performance expectation, not the means by which it must
be achieved. In the case of structural resilience in fire, the
legal requirement is that “stability must be retained for a
reasonable period” [10]. The responsibility for
determining what is reasonable and how this might be
demonstrated and achieved lies with the ‘designer’. One
means, for simple, straightforward buildings, is to follow
the prescriptive guidance (e.g. Approved Document B
[11]), which advocates that certain periods of fire
resistance are achieved.
Where the design is considered to be unusual or complex
it would be increasingly common for UK designers to
seek to demonstrate that the functional requirement
(stability for a reasonable period) is fulfilled via some
form of performance-based analysis. Multiple case
studies are published in this regard, for a number of high
profile UK projects [12]-[14].
Fundamentally, the process undertaken is consistent
across all the case studies (Figure 3):
(a) quantification of the design goal in terms of the fire
event(s) that must be resisted;
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(b) definition of the design fire scenarios (the constraint),
typically based upon a representation of a real fire,
including heating stage, fully developed fire and cooling
stage of the fire;
(c) quantification of heat transfer to structural elements,
leading to the ‘thermal’ load case; and finally
(d) analysis of structural response for the design fire cases.
The last point (d) leads to the solution, which comprises
the apportioning of resilience or protection according to
where it is most beneficial. That is, increasing fire
resistance to key elements of structure that are integral to
a building’s stability in the event of fire. The "reasonable
period" during which the stability must be retained
required by the Regulations, in this instance, is the full
duration of the design fires selected (burnout).

on standard fire testing (and resulting design methods).
Below, some important studies are discussed.
Hansen & Olesen [16] undertook a series of natural fire
experiments, which were published in 1992. These
experiments focused upon the behaviour of loaded glulam
beams. The experiments were later augmented by further
studies from SP Trätek [17] in the process of arriving at
the charring method for parametric fires described in
Annex A of EN 1995-1-2.
Fornather, et al. [18]-[19], documented a series of ‘model
scale’ fire tests intended to observe variations in charring
rate under different fire exposures, including parametric
fire curves. They monitored the temperature at different
depths within the tested specimens.
Full-scale room and structure experiments were
undertaken by Hakkarainen [20] and Frangi & Fontana
[21], respectively. Both primarily were focused on the
influence of exposed or partially exposed timber on the
compartment fire dynamics. Frangi & Fontana [21]
concluded that sprinkler systems were an adequate
compensatory provision to permit the exposure of timber,
and that self-extinguishing without intervention of the fire
brigade is not likely to occur.

Figure 3: oals, constraints an solutions in the conte t o
structural resilience in ire

It is questionable whether many of the example projects
cited previously would have been viable or achievable
without recourse to performance-based structural fire
design, considering fire performance under ‘natural’
heating regimes.
2.

DESIGN OF TIMBER FOR NATURAL FIRE
EXPOSURE

The design of isolated timber elements under natural fire
exposure conditions is permissible within EN 1995-1-2.
Annex A presents an empirical charring rate model
informed by experimental data. The charring rates therein
are intended to be applied as part of the reduced cross
section methodology for parametric fires. However, due
to the limited experimental data from which the proposals
were derived, strict limitations are imposed. Specifically,
the steady charring phase is restricted to 40 minutes
meaning the method is only readily applicable to
parametric fires of shorter duration.

Frangi, et. al. [22] undertook a natural fire experiment on
a three storey CLT building. Temperatures within the
structural elements were not monitored throughout the
course of the experiment (culminating in fire brigade
intervention). Charring depths were determined
retrospectively by measuring residual section sizes on a
300 x 300 mm grid, after the experiment was terminated.
With this demonstration, it was found that CLT structures
do, most likely, not lead to fires that are more complex to
extinguish than fires in conventional buildings.
Leikanger Friquin [23], presents temperature profiles for
CLT slabs of different lay-ups and thicknesses (120 and
240 mm), when subjected to the standard fire, a
parametric fire curve and a “Swedish” fire curve (Figure
4 presents results for a 120 mm CLT slab). As a result, an
iterative process to estimate the contribution of the
combustible structure to the fire load was proposed.

3 EXPERIMENTAL STUDIES OF
TIMBER CONSTRUCTIONS IN NON
STANDARD FIRES
The number of experimental research studies on the
behaviour of timber structures under non-standard fire
exposure is limited, most likely due to the common
limitations for the use of combustible building materials
in many country's building regulations, and the reliance

Figure 4: ime s temperature e elopment through the epth
o a
mm C sla su ject to a e ish ire cur e

WCTE 2016 e-book | 3896

A series of standard fire tests were conducted in Japan by
Kinjo and Yusa [24], where the testing procedure was
extended with a cooling phase of the loaded beams. Two
different cooling techniques (no furnace ventilation and
increased ventilation) were applied, and the response of
the structure recorded. Charring stopped when the
standard fire test was terminated after 60 minutes, but the
thermal conduction in the virgin wood continued to heat
the core of the residual cross-section, leading to a
continuation of the deflection rate until the failure of the
beams after up to 180 minutes of cooling.

In general, simulation under standard fire exposure can be
conducted following the rules given in EN 1995-1-2.
However, little advice is given with respect to mechanics,
i.e. how the brittle characteristic in tension and ability to
plasticise in compression should be addressed. The
“advanced simulations” section is pertinent to simulating
standard fire resistance tests, thus, following the rules
given it is not aimed at taking into account any realistic
fire behaviours or global structural response.

The research laboratory, SP Fire Research AS, conducted
two large-scale fire tests of a student bedsit with a CLT
structure, in conjunction with the realisation of the student
housing project Moholt 50/50 in Trondheim [25]. In the
first test, the sprinkler system was active and managed to
limit the fire to the corner of origin. During the second
test, the sprinkler system in the student bedsit, where the
fire started, was deactivated. Wooden pallets and a
mattress constituted the fire load, similar to a typical
student bedsit. The exposed CLT panels contributed to the
fire load once the fire was fully developed. The maximum
temperature was similar to a room fire in a noncombustible structure, but there was no appreciable
cooling stage after the contents of the room had burnt-out.
This is in agreement with the findings of Frangi and
Fontana [21].

König and Walleij [27], in support of developing the
Annex B properties of EN 1995-1-2, identified that the
‘effective’ relationships between temperature and
conductivity, specific heat and density were not readily
applicable outside of ISO 834 (standard fire) conditions.
The Annex B properties, which are numerically derived
from experimental results, implicitly capture complex
behaviours such as moisture movement, smouldering
combustion, cracking, char fall-off, etc. The manifestation
of the char layer, the particulars of moisture movement
and other physical considerations, such as how cracks and
fissures develop, were all noted to vary depending upon
heating rate. Therefore, inaccuracies were found to occur
when the Annex B properties were applied outside of the
original calibration heating profile (i.e. the standard fire
exposure). In addition, during the cooling phases of nonstandard fires, char depth development was found to be
under-predicted as smouldering within the char layer
became a significant contributor to temperature
development.

In Canada, a comprehensive study on the fire safety of
CLT structures has been conducted to form a basis for
prescriptive rules for mid-rise (5-6 floors) timber
buildings [26]. The CLT was totally encapsulated with 2
layers of 16 mm fire gypsum boards, which, together with
the compartmentation by the CLT panels, allowed for the
complete burn-out of the compartment contents, and a
continuous cooling stage of the fire. Fire tests with both
standard and natural fires exposure were performed. None
of the CLT panels contributed to the growth or spread of
fire until 175 minutes into the fire. The experiments also
showed that the CLT structure performed better in the fire
than a light steel frame with 2 layers of 16 mm fire
gypsum boards.

4 ADVANCES IN SIMULATIONS
4.1 SIMULATION UNDER STANDARD FIRE
EXPOSURE
Beyond reliance upon charring rates, Annex B of EN
1995-1-2 provides thermo-physical and mechanical
properties for advanced calculation purposes. The
properties are understood to originate from studies by SP
Trätek at the turn of the millennium [27]. Their use is
restricted to standard fire exposure (elaborated on further
in Section 4). Albeit, the thermo-physical and mechanical
properties provide for a more rational means by which
timber response in fire might be quantified. The method
gives a more explicit consideration of the processes
contributing to charring and, subsequently, the
relationship between temperature and strength and
stiffness.

4.2 SIMULATIONS UNDER NATURAL FIRE
EXPOSURE

König [28] later proposed a means of addressing the
influence of smouldering combustion during the cooling
phase of non-standard fires, via a modified gas
temperature concept. The study proposes that the thermal
exposure condition be increased in severity, resulting in
an effective gas temperature, which results in a
continuation of charring into the cooling phase of a
decaying fire. However, the proposal did not fully
quantify how the effective gas temperature manifests for
different fire curves, nor does it seek to address the
fundamental processes that lead to prolonged charring
during cooling.
Hopkin [29][30] sought to incorporate two important
characteristics of timber behaviour in fire identified by
König. Namely, that (a) the char layer forms differently
depending on the rate of heating [29], and (b) that
smouldering within the char layer has a significant
influence on char evolution during the cooling phase of
natural fires [30]. To address issue (a) the conductivity of
the char layer was modified by a constant, which was
described as both a function of heating rate (Γ) and fire
load density (qtd). The means of deriving both values is as
described in Annex A of EN 1991-1-2. In the case of the
contribution of combustion during cooling, issue (b),
routines intended for simulating the heat of hydration
reactions within concrete were utilised. The heat of
combustion of timber (18 MJ/m2) was adopted to quantify
the maximum energy generated by a finite element of a
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given volume. The rate at which this energy was released
was dictated by a temperature dependent Arrhenius
function. The resulting ‘combustion energy’ was
introduced as a source term within the heat transfer model.
At the time of emergence of Hopkin’s modified
conductivity model (MCM) [29][30], little experimental
data existed for benchmarking purposes. Since that time,
studies have developed which have enhanced the dataset
available. Figure 5 contrasts Hopkin’s MCM with recent
experimental data from Leikanger Friquin [23]. The
implication of disregarding the impact of smouldering
combustion with regards heat transfer is seen in Figure 6.
Comparison of Hopkin’s MCM [29][30] with more
contemporary experimental data [23] shows good
agreement, particularly in terms of the temperatures
calculated in the non-charred wood. This is, perhaps, the
most important consideration for the purpose of
quantifying structural resilience in the event of fire as the
size of the residual section and the temperature profile
therein are the key factors influencing load-bearing
capacity and deformation.
However, the MCM method continues to have significant
limitations. Most notably, it is consciously calibrated to
provide adequate predictions of temperature for one
idealisation of a ‘real’ fire, i.e. the Eurocode parametric
fire method. Therefore, it is already somewhat detached
from modern day architectural ambition, which often
seeks to provide large, open-plan spaces. Thus, in such
conditions, flashover is unlikely.
It is also important to note that the MCM seeks to quantify
heat transfer subject to non-standard fires in the simplest
way available within commercial finite element tools, i.e.
it does not seek to address kinetics.

Figure 6: ime s temperature e elopment in a
mm C
sla ith C an ithout C consi eration o smoul ering
com ustion – Comparison o test C an simulation C

4.3 MULTI PHYSICS APPROACHES
Richter & Rein [31] note the need to explore non-standard
fire exposure and the implications for char formation in
modern buildings, subject to realistic fire conditions, such
as travelling fires. They also acknowledge the limitations
of the ‘effective’ basis thermo-physical properties, such
as those proposed by Hopkin [29][30], in the context of
arriving at a generalised means of predicting char
formation, under a full spectrum of heating regimes.
Given this, Richter & Rein have explored the use of
GPYRO as a means of more completely quantifying the
rate of char formation in consideration of both the thermophysical and kinetic aspects.
Provisional studies have indicated that the mass loss rate
of timber, subject to differing steady incident heat flux
magnitudes, can be accurately quantified using GPYRO,
where simulations have been compared to experimental
measurements.

TOWARDS PBD FOR COMPLEX
TIMBER STRUCTURES –
CONSIDERATIONS

Figure 5: Time vs. temperature development in ‘uncharred’
one o a C sla su ject to a parametric ire
- – Comparison o test
an simulation

Section 3 and 4 have discussed progress made in terms of
advancing the understanding of the behaviour of timber
structures, when subject to non-standard fire exposure
conditions. Significantly more experimental data is now
available, where charring rates and temperatures have
been quantified when subject to either non-standard
furnace heating or representations of natural fires, e.g.
with timber cribs as the fire load. In addition, progress is
constantly being made in terms of the tools available to
simulate both heat transfer and structural response of
timber, under different thermal boundary conditions.
However, the importance of these developments should
be considered in the wider context.
.1 GOALS, CONSTRAINTS

SOLUTIONS

Successful PBD, regardless of material, relies upon a clear
definition of the design goal (the severity of the events
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that must be resisted), quantification of the constraint (the
fire) and the delivery of an appropriate solution (adequate
structural response). This process should be undertaken in
cognisance of the fact that the quality of the final design
solution will only be as good as the aspect that can be
quantified with the least uncertainty (Figure 7). That is, as
Buchanan [32] stated in 2009, designing structures for fire
requires a “consistent level of crudeness”.
In seeking to push the limits with timber and venture into
increasingly challenging applications (e.g. skyscrapers), it
has been noted that PBD will have an important role to
play. However, in applying such a design approach to
timber buildings, significant challenges will be
encountered that are not restricted to combustible
materials.

These non-timber-unique challenges are not easily
addressed. However, what must be considered for
complex and high-rise timber structures is; (i) the impact
the use of a combustible frame has on the design goal or
the severity of event that must be resisted, for any
particular building. A fire in a tall timber building, for
example, may be of the same annual likelihood but could
be of greater consequence, when contrasted with an inert
framing material, and (ii) how the fire constraint needs to
vary in consideration of the interaction and contribution
of the structure to the fire dynamics. If (i) and (ii) are not
readily quantifiable, then part of the design solution may
be to ensure that the combustibility of the frame does not
directly influence the goal or the fire constraint, for
example, through encapsulation or perhaps increased
resilience of active fire suppression. What is clear is that
focussing on the details of accurately quantifying heat
transfer and structural response for timber buildings
subject to fire will only lead to an incremental
improvement. However, if the challenge of delivering
complex timber buildings is approached pragmatically
and responsibly, a full and complete understanding of (i)
and (ii) need not be a prerequisite (as evidenced by the
evolution of complex buildings formed of other materials)
for their realisation.
.2 PROCESS COUPLED NOT ‘IN SERIES’

Figure 7: oals, constraints an solutions in the conte t o
structural resilience in ire si e ase upon relati e
un erstan ing

The following challenges are quite fundamental to the
structural fire engineering design community at large:
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rit ria that in orm h n this is
a hi d. That is, depending upon the
jurisdiction, differing tolerances to failures
(societal risk) will present which will dictate the
design severity of fire event that must be resisted
for any given building, based upon its size,
occupancy, location, etc. Buildings which
present a greater likelihood of fire occurrence
and a larger consequence if that fire were to lead
to ‘failure’, will need to be more ‘resilient’;
Th di i ulty o a urat ly uanti yin th
d si n ir
nt. The evolution of a fire’s
development (and, thus, severity) is shaped by a
series of parameters that all invariably feature a
high degree of uncertainty. Ventilation evolves
with time and is dependent upon stochastic
behaviour, such as the potential for glass
cracking and fallout, fire load densities have
wide distributions, etc. Monte Carlo methods are
commonly employed to estimate the array of
fires that may develop in a given building.
However, they rely on a sound statistical basis,
which is lacking.

The traditional performance-based approach applied to
complex or high-rise buildings of non-combustible
materials could be described as sequential or in series. The
key steps typically involve:





Definition of the goal, i.e. the severity of fire
constraint(s) that must be resisted;
Quantification of the design fire conditions(s)
based upon the variable fire load, e.g. as per the
parametric fire method in EN 1991-1-2;
Determination of the heat transfer to elements of
structure to inform the ‘thermal load case’; &
Finally, quantification of structural response,
subject to the ‘thermal load case’ and cognisant
the impact and consequences of thermal
degradation and actions. This leads to the
solution(s).

This ‘traditional’ approach would be commonly applied
to an inert steel or concrete structure and it assumes the
fire dynamics and heat transfer can be de-coupled, i.e.



The thermal assault neither considers the impact
of the combustible construction on the fire load;
nor
Evaluates what impact re-radiation from heated
(or smouldering) surfaces has on temperature
development of elements, once the variable fire
load has been consumed. Regarding the latter,
auto-extinction may occur.

In delivering a fully considered performance-based
solution for a complex or high-rise timber structure, the
traditional ‘in series’ approach is likely unsuitable. It
becomes critical to define what, if any, impact the
combustible frame has on the fire dynamics, whilst the
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variable fuel load is available. During cooling and once
the variable fuel load is consumed, it becomes essential to
consider heat transfer from heated and/or smouldering
surfaces to the structural elements in consideration of how
long charring might continue beyond the culmination of
the initial enclosure fire.
.3 ADVANCING HEAT TRANSFER
SIMULATION TOOLS
Reliance on effective properties in a simplistic heat
transfer model presents a significant obstacle to
progressing considered and effective performance-based
design for timber structures.
The traditional approach of inverse modelling, relative to
tests and experiments, to derive ‘effective’ thermophysical properties, inherently imposes limitations in
terms of the range of exposure conditions that fall within
the resulting scope of application. This is not an
unfamiliar situation and underpins the limitations of
Annex B of EN 1995-1-2, which is only applicable to
standard fire exposure.
‘Effective’ thermal properties inherently capture the
geometrical, combustion and thermo-physical behaviours
that occur for any given thermal exposure regime. In the
case of geometrical variations, the impact of delamination, fissures, etc., are typically captured through
artificially high char conductivities, with increasing
temperature. That is, increased transmission of heat due to
more direct heat transfer paths because of delamination,
fissures, etc., are mimicked in the thermo-physical sense
in lieu of quantifying geometrical variations. Similarly,
the consequence of energy introduced into the system
through combustion and also, the migration of moisture,
etc., are also implicit within simplified properties
(conductivity, specific heat and density). This is in lieu of
quantifying the influence of each process in more
complex, multi-physics models.
As the previous work of Hopkin [29][30] demonstrates,
heat transfer to timber elements in non-standard fire
conditions can be quantified with a reasonable degree of
accuracy, where effective thermo-physical properties are
adopted. However, it would be accurate to state that the
method has significant limitations in terms of the range of
fires that it can cater for, and it does not advance, in any
form, the understanding of the processes influencing char
formation and temperature development under nonstandard fire conditions. As contemporary fire dynamics
understanding progress away from parametric design fires
and towards travelling fires (or similar), the method is
already out of alignment with the state of the art methods
practiced for other materials.
For modern timber technology, comprising multiple
layers, delamination is a realistic frequent possibility. The
consequences of delamination will vary depending upon
layer thicknesses. Therefore, for materials, such as CLT,
it is likely the case that ‘effective’ thermal properties will
be inaccurate, regardless of heating regime. More
considered approaches are necessary that appropriately

capture geometrical variability with respect to time.
Ultimately, a fuller picture of temperature development in
timber structures will not be achieved until the adoption
of more complex models is embraced and placed at the
core of research activities. This will require input from
specialists in the combustion and fire dynamics fields.
.4 REACTION TO FIRE VS REACTION TO
TEST
Despite considering timber construction as a structural
(frame) material, many jurisdiction’s guidance or
regulations will require that it is either treated or
encapsulated. This is not because of inadequate fire
resistance performance but due to concerns relating to
reaction to fire.
The reaction to fire behaviour of timber (as with other
materials) as an exposed lining is appraised via common
standardised tests, such as the cone calorimeter, single
burning item (SBI) and room corner test. Such tests
inform ratings and classes relating to ignitability,
combustibility and propensity for flame spread. The
ratings and classes achieved in such tests are referenced
in many codes, regulations and standards to inform what
materials may line escape routes, rooms, etc. In many
jurisdictions, the performance of timber in the tests noted
above would disqualify its use in many applications,
without further treatment or risk mitigation. However,
what is not clear is how these tests relate to performance
in practice (i.e. in real fires), and what the results mean in
the context of the life safety goal(s).
An important question that should be addressed relates to
configuration vs. material choice. Is it the case that timber
is truly an inappropriate material to have exposed in
buildings in many jurisdictions? Or is it more the case that
the test configurations lead to a belief that this is true? It
is envisaged that more considered configurations of
timber as an exposed material in buildings could result in
acceptable performance in the context of the functional
goal, e.g. through the introduction of geometry that
actively seeks to retard flame spread by managing
exposure to heat flux. However, more research is
warranted in this area.
.

STRUCTURE ROBUSTNESS IN REAL FIRES

Observations from large scale experiments on steel and
concrete structures have noted a number of positive and
negative interactions to occur when structural resilience
in fire is considered more holistically. In the positive
sense, additional load-bearing mechanisms have been
identified, such as tensile membrane action. In the
negative pose, second order effects arising due to
restrained thermal expansion and thermal curvature are
known to have a significant detrimental impact. It is not
fully understood what, if any, positive or negative
interactions may occur in timber structures when
considered beyond isolated element scale. On the one
hand, timber does not notably expand upon heating (on
the contrary, it contracts as moisture evaporates and char
forms). However, connections are relatively stiff and
typically formed of more ductile materials, e.g. steel. This
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can facilitate redistribution of loads and improved
robustness.

where performance in fire is more quantifiable and, thus,
more predictable.

In the absence of a satisfactory ability to accurately
predict temperature development in timber structures in
non-standard fires (and thus structural response), it may
be prudent to consider how brittle/sudden failures may be
avoided for complex indeterminate structures. In this
regard, Lawrence [34] makes recommendations
pertaining to:

Until research is undertaken to improve understanding of
the challenges noted herein, the onus is on the engineering
community to address uncertainty through appropriate
conservative practices. Greater emphasis should also be
placed on ensuring that solutions are implemented, as
intended, on site and managed adequately during service.





Ensuring that connections fail prior to the brittle
timber members;
Ensuring connections fail in a ductile manner; &
Finally, ensuring connections have sufficient
ductility to promote load-redistribution.

Adopting the above measures as part of a fire resistance
solution that also seeks to ‘remove’ aspects of uncertain
behaviour from the fire constraint, would be a responsible
foundation upon which to progress a structural fire
engineering strategy for a complex timber structure, until
further research is undertaken.
.

TIMBER CONSTRUCTION – EFFECTIVE
EXECUTION

Effective fire safety solutions extend beyond the
completion of calculations and the writing of reports. The
intentions of the designer must be carried through to the
construction, operation, management and maintenance of
buildings. Only if this is the case can the fire strategy be
successful and, ultimately, retain its validity. Some term
this “Total Fire Engineering” which can be described as
requiring that “all relevant fire design, construction and
operation decisions are considered together and integrated
into a whole by a well organised team” [35].
It has been suggested in this paper that a fire in a timber
building may have greater consequences relative to inert
framing materials. This is by virtue of the greater potential
for fire spread and the natural propensity of timber to
smoulder. For this reason, it would be reasonable to
suggest that timber constructions would be more sensitive
to poor implementation/workmanship during the building
process. Therefore, the fire engineering community has an
obligation to ensure that, if timber construction is to be
pushed beyond current complexity and height boundaries,
diligence and rigour is retained in ensuring quality of
workmanship. This should extend to the in-service aspects
of a building’s life, through consistent and thorough fire
risk assessments.

CONCLUSIONS
Complex, be that tall or unusual, buildings are becoming
an increasingly frequent reality. The path walked by noncombustible materials, in arriving at tall and complex
buildings now common, has identified that a full and
complete understanding of behaviour in fire was not a
prerequisite for their realisation. Better understanding has
undoubtedly led to improved design methods and tools.
This has, in the main, led to more efficient buildings,
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AUTO-EXTINCTION OF ENGINEERED TIMBER AS A DESIGN
METHODOLOGY
Alastair Bartlett1, Rory Hadden1, Luke Bisby1, Barbara Lane2
ABSTRACT: Engineered timber products such as cross-laminated timber (CLT) are gaining popularity with designers
due to attractive aesthetic, sustainability, and constructability credentials. The fire behaviour of such materials is a key
requirement for buildings formed predominantly of exposed, structural timber elements. Whilst design guidance focuses
on the residual structural capacity of timber elements exposed to a ‘standard fire’, the fundamental characteristics of
CLT’s performance in fire, such as ignition, flame spread, delamination, and extinction are not currently considered. This
paper focuses on the issues relating to increased fuel load due to a combustible building material itself. Whilst an
increasingly common protection solution to this conundrum is to fully encapsulate the timber elements, there is limited
supporting test data on this approach. Through understanding these concepts from a fundamental, scientific perspective,
the behaviour can be properly understood, and, rather than limiting design, can be incorporated into design to satisfy
suitable performance criteria.
In this paper therefore, the concept of auto-extinction – a phenomenon by which a timber sample will cease flaming when
the net heat flux to the sample drops below a critical value – is explored experimentally and related to firepoint theory. A
series of c.100 small scale tests in a Fire Propagation Apparatus (FPA) have been carried out to quantify the conditions
under which flaming extinction occurs. Critical mass loss rate at extinction is shown to occur at a mass flux of 3.5g/m2s
or a temperature gradient of 28K/mm at the charline. External heat flux and airflow were not found to affect the critical
mass loss rate at the range tested. This approach is then compared with a compartment fire with multiple exposed timber
surfaces. With further testing and refinement, this method may be applied in design, enabling architects’ visions of
exposed, structural timber to be safely realised.
KEYWORDS: Cross Laminated Timber, CLT, Pyrolysis, Combustion, Extinction, Design

1 INTRODUCTION & BACKGROUND123
Overcoming the uncertainty associated with the
performance of engineered timber products in the event of
a fire is a key step in enabling the robust application of
these products in real building design and construction.
The majority of existing research, and traditional design
guidance on the fire performance of timber focusses on
determining effective charring rates and directly relating
these to a ‘standardised’ fire resistance rating. Regardless
all approaches to date, primarily explore the material
response rather than the system response. If engineered
timber is to realise its full architectural potential of
forming exposed, structural wall and floor slabs, then its
fire behaviour in such scenarios must be properly
understood from a fundamental scientific perspective,
particularly where exposed engineered timber is a design
aspiration.
In a system with multiple exposed structural timber wall
and floor slabs, a fire in the compartment will result in the
1
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ignition of the exposed timber. After the compartment fire
load has burnt out, these surfaces may continue to burn as
the heat produced by the burning of each surface will
radiate to the others. This radiative exchange can be
estimated using configuration factors and surface
temperatures. If this heat flux is less than the critical heat
flux for sustained flaming, then auto-extinction of the
exposed timber surfaces, should occur (i.e. the timber will
cease burning). Otherwise flaming would continue
potentially resulting in collapse in the absence of fire
service intervention.
In order to treat the fire response of exposed engineered
timber as a design parameter, knowledge of the conditions
under which auto-extinction occurs must be obtained, and
the governing parameters. This will enable a change in
design guidance for engineered timber.
This paper presents experimental data examining these
conditions, and introduces a design methodology for use
in practice.
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1.1 COMBUSTION OF TIMBER
The response of timber to fire is a complex phenomenon,
with many different processes occurring simultaneously
within the material. Four main stages can be identified as
a timber specimen is heated by a fire: (1) dehydration, (2)
pyrolysis, (3) combustion, (4) flameout.
Initially as timber is heated, the moisture will begin to
evaporate, acting as a heat sink and slowing down the
temperature rise of the surrounding timber [1] – most of
this moisture escapes from the surface [2], resulting in a
reduction of moisture content, which in turn increases the
pyrolysis rate of the timber [3].
In order to for flaming combustion to occur, the
constituent polymers of timber (cellulose, hemicellulose,
and lignin) must first be thermally decomposed
(pyrolysed) typically producing inert and combustible
vapours, liquid tars, a solid carbonaceous char (which is
typically around 20% the density of virgin wood [4]) and
an inorganic ash.
To create a self-sustaining reaction, the combustion of
these pyrolysis products must feedback sufficient heat to
continue the production of volatiles [5]. This can occur
before dehydration is completed if the heating rate is fast
enough, but will be faster after the sample has dried. The
complexity of this process arises due to the chemistry of
the pyrolysis processes (charring) [6] and inherent
material variability [2].
At temperatures below 200°C, pyrolysis occurs slowly
[7], mostly producing inert gases. Although significant
pyrolysis does not occur at these temperatures, and
flaming ignition will not take place, the glass transition
temperature of water-saturated lignin can be as low as
60°C [8], leading to loss of bond strength between fibres.
Glass transition of lignin has an important effect on the
elastic modulus of timber and thus the overall structural
behaviour. Lignin experiences further significant
reduction of mechanical strength at temperatures around
100°C, showing that loss of mechanical strength can
occur significantly before the onset of charring. Prolonged
heating at these temperatures can result in significant
charring without flaming ignition.
Char
depth

Thermal
penetration
depth

300oC

20oC

Figure 1: Charred timber sample showing temperature profile

Around 300°C, pyrolysis rates increase significantly [7],
resulting in significant rates of pyrolyzate production, and
a rapid formation of a rigid, carbonaceous char layer. As
such, 300°C is commonly assumed to be the typical char
formation temperature in design. The char layer, whilst

having negligible structural strength, has a lower effective
thermal conductivity than the virgin timber, and thus acts
as protection for the underlying wood [9]. Therefore a
specimen which has built up a significant char layer prior
to ignition (for example through prolonged slow heating)
will be more difficult to ignite. A typical charred timber
specimen and a schematic of the temperature profile is
shown in Figure 1.
Below the char layer, there is an additional heated layer
of wood as illustrated in Figure 1 (thermal penetration
depth), typically 35-40mm in depth [10]. This layer will
continue to pyrolyse, releasing flammable gases and
adding to the char layer, as long as there is sufficient heat
available.
In the presence of oxygen, the pyrolysis products may
undergo a rapid, exothermic reaction with oxygen –
flaming combustion. The criteria required for this ignition
are often defined as either the “critical heat flux”, the
lowest heat flux for which ignition will occur, or “critical
surface temperature”, the lowest surface temperature for
which ignition will occur. In reality, these factors will
vary significantly with environmental conditions (i.e. test
setup, sample size and orientation [9, 11, 12]) and
potentially even more complex in real building
compartments. From a fundamental perspective, the
necessary criteria for flaming ignition are a critical mass
′′
flux of volatiles, 𝑚̇𝑐𝑟
, [9] which can form a flammable
mixture with the surrounding air and sufficient energy
usually supplied as a pilot flame or spark. Drysdale [9]
expresses this critical mass flux criterion through the
energy balance presented in Equation 1:
′′
(𝜙∆𝐻𝑐 − 𝐿𝑣 )𝑚̇𝑐𝑟
+ 𝑄̇𝑒′′ − 𝑄̇𝑙′′ > 0

(1)

where 𝜙 is the fraction of the heat of combustion of the
vapour transferred back to the surface, 𝛥𝐻𝑐 is the heat of
combustion, 𝐿𝑣 is the heat of gasification, 𝑄̇𝑒′′ is the
external heat flux, and 𝑄̇𝑙′′ is the heat losses. This
expression is a calculation of the net heat flux into the
timber, which governs the quantity of volatiles released.
When timber is first ignited, the mass loss rate (hence
pyrolysis rate) is high as the timber is pyrolysed and a char
layer forms, the mass loss rate decreases to a lower, quasiconstant value once a char layer has formed [3].
If flaming combustion is not achieved, then the char layer
itself may undergo smouldering combustion. This occurs
when oxygen reacts directly with the exposed char layer,
oxidising it and generating additional heat. This solid
phase char oxidation is the main heat source in the
majority of smouldering processes, and can lead to selfsustained smouldering combustion, which then has the
potential to transition to flaming combustion [13].
1.2 RISK MANAGEMENT
To manage and satisfy fire safety objectives, the
combustibility of timber must be considered in design. In
a large compartment with exposed timber surfaces,
gradual ignition of these surfaces may occur if the
contents of the compartment (fuel load) burn and radiate
heat to exposed timber surfaces. The amount of heat
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radiated to these surfaces will decrease with distance from
the fuel load.
In a smaller compartment, where flashover is likely to
occur quickly, the presence of exposed timber surfaces
have been shown to increases the rate of fire growth
significantly reducing the time to flashover [14].
In both of these cases, the increased fire growth rates may
pose a challenge to fulfilling life safety and structural
integrity requirements. Additionally, there is the risk that
the heat radiated between exposed surfaces is sufficient to
keep the exposed surfaces burning even after burnout of
the compartment fuel load. Through understanding these
concepts from a fundamental, scientific perspective, the
behaviour can be properly understood, and, rather than
limiting design, can be incorporated into design to satisfy
suitable performance criteria.

where 𝑄̇ ′′𝑓 is the additional heat flux from the flames.
Since gasification will occur for the virgin wood rather
than the char, it is the net heat flux at the char:timber
interface that is of interest. Applying Equation 2 at the
char line and applying Fourier’s law of conduction shows
that the critical condition for flame extinction can be
expressed either in terms of a critical mass loss rate or
thermal gradient, expressed in Equation 3:

2 CRITICAL HEAT FLUX FOR
SUSTAINED FLAMING

Rasbash et al. [19] present a method for quantifying the
ignition and extinction conditions of a solid fuel in
relation to the mass flow of volatiles released. A series of
experiments was undertaken on PMMA samples subject
to radiant heating to determine the effects of external heat
flux, air flow on the surface and oxygen concentration on
the critical mass flux. From about 12kW/m2 to 19kW/m2,
the critical mass flux was found to increase with heat flux,
from about 3.8g/m2s to 5.2g/m2s; thereafter it became
independent of external heat flux. This initial variation
was attributed to flame behaviour varying with heat flux
near the critical heat flux for ignition. The effects of
airflow around the sample were also explored; an initial
drop from around 5.3g/m2s to 3.2g/m2s was observed over
the range of 0 to 30lpm of airflow, before rising again to
around 5.0g/m2s at 60lpm. Whilst these tests were carried
out for a different material, the approach and influencing
factors are relevant for timber design.
However, few researchers to date have explored the
concept of flame extinction on timber surfaces. The
earliest work was by Hottel [20], who tested small-scale
vertical spruce samples under radiant heating and found
that an incident heat flux of around 31.5kW/m2 was
required to sustain a flame for more than ten minutes.
Further tests in which the external heat flux was removed
after ignition found that samples ignited at lower heat
fluxes tended to take longer to extinguish, which was
attributed to a greater heating time and thus shallower
thermal gradient leading to lower heat losses at the
char:wood interface.
Bamford et al. [1, 21] noted that for 230mm x 230mm deal
panels of varying thicknesses from 9.5mm to 50.8mm
heated by flames on two sides, after a given period of
time, flaming will be self-sustaining upon removal of
external heat sources. Panels heated only on one side,
however, will not achieve self-sustained flaming if over
3mm thick. The time to reach sustained flaming was
proportional to the square of sample thickness, with
thicker samples taking longer. They found that the
centreline temperature at the time of self-sustained
heating was always around 200°C. They relate the
conditions necessary for self-sustained flaming to the rate
of volatile production, finding that a rate of 2.5g/m2s was
required for self-sustained burning.

2.1 THEORY
To develop appropriate input data for a performance
based design approach to engineered timber, an
understanding of the fundamental phenomena that lead to
extinction of the flame is required. As discussed,
combustion is possible either through surface oxidation of
the char layer, or by flaming ignition of the volatiles. It is
well established that thermally thick wood will not burn
on its own, but only when it is subjected to an additional,
external heat flux [9], which can be supplied by a nearby
burning object. Without this external heat flux, the heat
losses will be larger than the heat available to drive
pyrolysis and the flame will extinguish as the production
of volatiles from the pyrolysis reaction decreases beyond
a critical flux [15]. Once flaming ignition is achieved,
significant char oxidation is unlikely because the
combustion of pyrolysis gases consumes most of the
oxygen, preventing significant flux reaching the char
surface [7, 10]. As a result, the char layer will continue to
increase in thickness [7], effectively insulating the virgin
timber and resulting in a subsequent gradual decline in
mass flux [16, 17].
It has been suggested that flame extinction and piloted
ignition have the same critical conditions [9, 18], with
both being dependent on ‘firepoint’ conditions [2]. It is
worth noting however, that for a reactive material such as
wood, the material itself will have undergone extensive
physical and chemical changes between ignition and
extinction, so the critical values at the two conditions may
differ.
A flame will extinguish if the production of flammable
vapours drops below a critical value, ṁ ''cr , as this will
result in the air:fuel ratio adjacent to the solid surface
dropping below the lower flammability limit. The
pyrolysis rate per unit area can be expressed in terms of
the imposed heat flux by Equation 2 [15], a rearrangement
of Equation 1:
′′
𝑚̇𝑐𝑟
=

𝑄̇ ′′𝑒 + 𝑄̇ ′′𝑓 - 𝑄̇ ′′𝑙
Lv

(2)

𝑄̇ ′′𝑒 + 𝑄̇ ′′𝑓 - 𝑄̇ ′′𝑙
𝑑𝑇
|
=
𝑘𝑐
𝑑𝑥 𝑥=𝑥𝑐

(3)

where 𝑑𝑇/𝑑𝑥 is the temperature gradient at the charline,
and 𝑘𝑐 the thermal conductivity of char.
2.2 STATE OF THE ART
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[19] for PMMA, and is thus an important aspect to
consider.

3 EXPERIMENTAL INVESTIGATIONS
A series of experiments on 85mm x 85mm x 100mm thick
softwood CLT samples of three uniform lamellae has
been undertaken in the FM Global Fire Propagation
Apparatus (FPA) to explore the conditions under which
flame extinction occurs. Samples were wrapped in
aluminium foil and two layers of ceramic paper to reduce
heat losses through the sides and to promote onedimensional heat transfer, thus simulating the heating of a
slab. Sample mass and dimensions were recorded before
and after each test, and during the test oxygen calorimetry
was undertaken. Experiments were carried out with
constant heat flux exposure and a two-phase exposure in
which a “high” heat flux was applied for a prescribed time
before reducing the heat flux to a “low” value to simulate
heating from another burning CLT surface. Mass loss and
temperature data ( K-type thermocouples inserted at
depths of 5mm, 10mm, 15mm, 20mm, 25mm, 30mm,
40mm, 50mm, and 60mm from the heated surface) were
recorded. These measurements allow for an examination
of critical mass loss rate and critical temperature gradient
at extinction as identified earlier..
For constant heat flux exposure, the heat flux was varied
from 14kW/m2 to 35kW/m2. Critical heat flux for piloted
ignition in this setup was found to be between 13kW/m2
and 14kW/m2. Tests at or below 31kW/m2 were found to
eventually undergo flaming extinction, whereas tests at or
above 32kW/m2 were found to undergo sustained flaming,
consistent with Hottel [20]. The tests that underwent
flaming extinction were subject to a gradually declining
mass loss rate, which upon reaching around 3.5g/m2s,
resulted in flaming extinction; slightly higher than that
obtained by Bamford [21].
A typical mass loss profile is shown in Figure 2, in which
the mass loss declines gradually before dropping below
the critical mass loss rate. This critical mass loss rate for
extinction was found to be independent of external heat
flux.
15

Mass Flux [g/m2s]

Tests on 50mm thick oak and Columbian pine samples at
heat fluxes ranging from 18 to 54kW/m2 showed that
samples subject to heat fluxes at or below 30kW/m2
extinguished after around 2 to 7 minutes, reaching char
depths of around 4 to 8mm. The samples subjected to
50kW/m2 however, continued burning until the majority
(84-100%) of the sample had charred.
Further tests [1] explored the combustion behaviour of
two vertical wood panels set parallel and opposite each
other. The thickness of the samples was found to have no
effect. Square panels of length 229mm and rectangular
panels 914mm x 381mm were tested. The smaller panels
were found to cease undergoing sustained flaming for
separations above 51mm, and for the larger panels, around
127mm. This corresponds to view factors of 0.66 and 0.65
respectively, suggesting that based on a similar flame
temperature, this view factor corresponds to a critical
energy balance for auto-extinction. The effect of airflow
was also explored; as expected, a greater airflow resulted
in longer times to ignition, but once ignited resulted in
more complete combustion due to improved mixing
conditions. For this reason, when these tests were repeated
on vertical panels, the burning was much more vigorous.
More recently, Inghelbrecht [2] tested 100mm x 100mm
CLT radiata pine (ρ=635kg/m3) samples 72mm thick and
hoop pine (ρ=540kg/m3) samples 96mm thick, Gympie
messmate (an Australian hardwood) glulam samples
(ρ=823kg/m3) 60mm thick, and solid hoop pine
(ρ=560kg/m3) samples 70mm thick in the vertical
orientation in a cone calorimeter [22] under imposed heat
fluxes of 25, 40, 60, and 80kW/m2 perpendicular to the
grain for exposure times of 10, 20, 30, and 60 minutes.
Temperature was recorded using K-type thermocouples at
depths of 5mm, 15mm, 25mm, 35mm, and 45mm from
the heated surface; additionally mass loss was recorded
throughout the tests. For the tests at 25kW/m2,
delamination (a phenomenon in which an outer lamella or
part thereof detaches from the main timber section)
occurred followed by flaming ignition. Upon removal of
the external heat flux, the 80kW/m2 samples (10 minutes
exposure) extinguished after 2.5 minutes. The 25kW/m2
samples (60 minutes exposure) had delayed selfextinguishment due to the delaminated first layer leaning
against the rest of the sample serving as additional fuel. It
was noted that a decrease in mass flux below a critical
value will result in flameout.
Crielaard [23] tested twelve 100mm x 100mm x 50mm
thick softwood CLT samples under a cone calorimeter at
75kW/m2. Temperature was recorded by K-type
thermocouples at various depths throughout the samples.
When the samples had achieved a char depth of 20mm,
the sample was moved under a second cone calorimeter,
at a heat flux of 0 to 10kW/m2, to determine the critical
heat flux for smouldering extinction. This was found to be
around 5 to 6kW/m2. The final two experiments had an
additional airflow of 0.5m/s and 1.0m/s over the sample
respectively. Whilst the 0.5m/s airflow led to quicker
extinction than with no airflow, an airflow of 1.0m/s led
to sustained burning at 6kW/m2. Thus the natural
convective airflow within a compartment may have a
significant effect on smouldering extinction; this may also
apply to flaming extinction, as found by Rasbash et al.
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9
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Figure 2: Mass loss rate over time for samples exposed to a
constant 22kW/m2, 31kW/m2, and 35kW/m2, with flameout
highlighted by vertical lines

The two-phase tests had an initial heating phase of a
constant 40kW/m2 incident heat flux for 30 minutes,
before dropping to a constant heat flux of 15kW/m2 to
31kW/m2. Most samples extinguished within two minutes
after the reduction of heat flux, with the notable exception
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of the samples dropping to 31kW/m2, of which two did
not extinguish, and one extinguished only after an
additional 37.5 minutes. This again suggests a critical heat
flux for extinction of around 31kW/m2 in this setup, with
the value being independent of pre-heating. Mass loss rate
at extinction was again around 3.5g/m2s. Mass loss rate as
a function of external heat flux at extinction is shown in
Figure 3. Apart from clear outliers, it can be seen that
mass loss is independent of heat flux, as found for PMMA
by Rasbash et al.[19].
Tests in which temperature data were recorded found a
critical temperature gradient at extinction of around
28K/mm at the char line. This was calculated by taking a
linear temperature profile over the two thermocouples
closest to the char line at extinction.

3.1 EXTERNAL HEAT FLUX, 𝑸̇′′
𝒆
The first parameter is the external heat flux, necessary to
enable burning of a thermally thick wood sample [9],
which serves as the control variable in the experimental
investigations herein. In the case of the FPA experiments,
this heat flux is simply the incident heat flux from the
lamps, and this is known from calibration.
3.2 HEAT FLUX FROM FLAMES, 𝑸̇′′
𝒇

5
Mass Loss Rate at Extinction [g/m2s]

significantly higher than that obtained experimentally, but
this may be in part due to linear interpolation over 5mm
(the thermocouple spacing at the char:wood interface).
The remaining three parameters are now discussed in turn
for the FPA experiments herein with an aim to extracting
their use in design.

The second parameter is the heat flux from the flames,
which can be estimated by Equation 5 [9]:
4

''
Q̇ f = ϕ(ΔHc,net +Lv )

where ΔHc has been experimentally determined herein as
around 16.8kJ/g, consistent with literature values [9, 24].
Φ is the proportion of energy from the flame transferred
back to the surface, and can be estimated through
Equation 6 [19]:

3
No airflow
100lpm airflow
2

0
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20

External Heat Flux at Extinction
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[kW/m2]

ṁ ''cr =

Figure 3: Mass loss rate at extinction as a function of heat flux

This experimentally determined critical mass loss rate and
critical temperature gradient can therefore be used to
estimate if auto-extinction occurs in a given
configuration.
These values can also be used as a criteria in solving
Equations 2 and 3. Of the other five parameters required,
two of these are material parameters, 𝐿𝑣 and 𝑘𝑐 , which can
be found from the literature: Tewarson and Pion [15]
determined experimentally values for the heat of
gasification, Lg, for various solids using differential
scanning calorimetry. For timber, they found a heat of
gasification of 1.82kJ/g. The heat of gasification includes
the heat required to raise the solid to its pyrolysis
temperature. Assuming a pyrolysis temperature of 300°C
[16, 24] the heat of vaporisation can be calculated from
Equation 4 [15]:
Tp

Lv = Lg - ∫ Cp dT
T∞

(5)

(4)

where Cp is the specific heat capacity of the timber
(temperature dependent values taken from Eurocode 5
[25]), and T∞ and Tp are the ambient and pyrolysis
temperatures respectively. This gives a heat of
vaporisation of 1.1kJ/g.
Temperature-dependent thermal conductivities are given
in [25], and is around 0.10W/mK at 300°C. Equating this
with the critical mass loss rate and heat of vaporisation
gives a critical temperature gradient of 38K/mm –

mog
hc
ln (1+
𝜙)
Cp,air
r

(6)

where hc is the convective heat transfer coefficient, Cp,air
the specific heat capacity of air, taken as 1.01kJ/kgK [26],
mog the mass concentration of oxygen in air (0.23 at
ambient oxygen concentration), and r the stoichiometric
ratio of oxygen to fuel (taken as 3.43 [19]). This gives ϕ =
''
0.15, and Q̇ = 2.6kW/m2.
f

3.3 HEAT LOSSES, 𝑸̇′′
𝒍
The heat losses from an FPA sample come from four main
sources – radiative losses, convective losses, and the heat
absorbed by the char layer. In order to calculate these
parameters, an estimate of surface temperature is
required. This can be estimated based on thermocouple
data in the char layer.
Radiative losses can be calculated simply using view
factors and the surface temperature [27].
The convective heat transfer can then be estimated by
calculating the Nusselt number for a horizontal plate [26],
giving a convective heat transfer coefficient as defined in
Equation 7:
4

ℎ𝑐 = 0.54 √

𝑔(𝑇𝑠 − 𝑇∞ )
𝑘
𝐿𝑇𝑠 𝜈𝛼

(7)

where L is the surface length, Ts is the surface
temperature, ν is the kinematic viscosity of air, and α is
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the thermal diffusivity of air, giving a typical convective
heat transfer coefficient of around 9W/m2K.
Conductive heat losses are from the char:wood interface
to the wood and can be calculated from Equation 8 [2]:
''
Q̇ l,cond = -kwood

∂T
|
∂x x=xc

(8)

where kwood is the thermal conductivity of the wood at the
char line. The heat absorbed by the char layer can be
estimated by Equation 9:
′′
=∫
𝑄̇𝑎𝑏𝑠,𝑐ℎ𝑎𝑟

𝑥𝑐 𝐶 𝑚
𝑝

𝐴𝑡

0

𝑑𝑇

(9)

𝑄̇𝑓′′ = 𝐹𝑖𝑗 𝜀𝜎𝑇𝑐4

(11)

where 𝐹 𝑖𝑗 is the configuration factor, 𝜀 the surface
emissivity, 𝜎 the Stefan-Boltzmann constant, and 𝑇𝑐 the
characteristic surface temperature, a weighted average of
flame temperature and char temperature considering the
prevalence of flames on the burning surface. As an
̅̅̅̅
̇ 𝑓′′
example, the variation in dimensionless heat flux, 𝑄̇𝑓′′ /𝑄
̅̅̅''
(where Q̇ f is the average heat flux over the surface) in the
x- and y- directions is shown in Figure 4 for two equal and
opposite surfaces.

If char thickness is assumed to be constant over the time
of interest, then this can be expressed by Equation 10:
𝑇𝑠

′′
= 𝛽 ∫ 𝜌𝐶𝑝 𝑑𝑇
𝑄̇𝑎𝑏𝑠,𝑐ℎ𝑎𝑟
𝑇𝑐

(10)

Applying these values to a 15kW/m2 case through
Equation 2, assuming a surface temperature of 350°C
from the thermocouple data at extinction gives a
theoretical mass loss rate of 3.3g/m2s, within 7% of the
experimental value of 3.5g/m2s. A sensitivity analysis
revealed that the expression for radiative heat losses, in
particular surface temperature, dominates. Changing the
surface temperature ±50K results in a change in +69%/84%. Thus for effective application of this approach in
design, accurate calculations of surface temperature
and/or heat losses are essential. Performing the same
analysis with Equation 3 gives a critical temperature
gradient of 35K/mm, 20% higher than that obtained
experimentally. This error can be partially attributed to
using a linear temperature gradient over 5mm, where in
reality, the temperature profile beneath the char layer is
highly non-linear [10], thus having temperature gradients
decreasing with depth into the sample.

4 RELATION TO COMPARTMENT
FIRE
This approach can then be applied to a full scale
compartment fire scenario, to quantify and mitigate some
of the risks present due to exposed timber surfaces.
Equation 2 presents the three main variables required to
determine the mass loss rate – the external heat flux, 𝑄̇𝑒′′ ,
the additional heat flux from the flames, 𝑄̇𝑓′′ , and the heat
losses, 𝑄̇𝑙′′ . Each of these can be calculated for a
compartment fire scenario to determine whether autoextinction will occur after burnout of the initial fuel load.
4.1 EXTERNAL HEAT FLUX, 𝑸̇′′
𝒆
In a system with multiple exposed timber surfaces, the
heat produced by each burning surface will radiate heat to
all the other surfaces. If the characteristic wall
temperature is known, then the incident heat flux can be
calculated from configuration factors through Equation
11:

Figure 4: Variation in dimensionless heat flux between two
equal and opposite surfaces

4.2 HEAT FLUX FROM FLAMES, 𝑸̇′′
𝒇
The heat flux from the flames can be calculated using
Equation 5, as for the FPA tests. In a compartment,
experimentally, ℎ𝑐 is around 10 to 40W/m2K [2], with an
average value of 25W/m2K usually taken in design –
significantly higher than that in the FPA. Additionally,
due to the elevated gas temperatures, the specific heat of
air will be higher, rising almost linearly to 1.189kJ/kgK at
1300K [26]. This puts ϕ in the range of 0.13 to 0.62,
corresponding to a heat flux from the flames of
6.7±4.4kW/m2.
4.3 HEAT LOSSES, 𝑸̇′′
𝒍
Heat losses in a compartment fire setting will be
significantly different to a lab-scale setup. Due to the
circulation of hot gases in a compartment, convective heat
losses will be minimal.
Radiative heat losses to other non-timber surfaces may be
significant, depending on the building material. As with
the heat exchange between timber surfaces, this can be
estimated based on configuration factors and surface
temperatures.
Conductive heat losses are likely to be significant, and can
again be calculated from Equation 9.
Heat absorbed by the char layer can again be calculated
by Equation 10.
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5 APPLICATION IN DESIGN
Given further testing and refinement, the above
methodology maybe used as a design methodology to
determine if auto-extinction is likely to occur in a given
scenario. A potential approach is highlighted in Table 1:
Table 1: Proposed steps for incorporating auto-extinction into
design methodology

(1) Determine time to burnout of compartment fuel
load
(2) Based on amount of exposed timber after burnout,
calculate view factors and incident heat flux
(3) Make an estimate of surface temperature based on
heat transfer analysis/experimental data.
(4) Estimate heat losses based on compartment
geometry and surface temperatures
(5) Solve Equation 2 to determine if mass loss rate is
less than the critical value
(6) Repeat for next timestep until:
a. Auto-extinction occurs
b. Pre-defined failure criteria are met
c. A steady-state is achieved
It is necessary to perform these steps as a time-dependent
analysis, as temperatures in the exposed timber surfaces
will increase with time, resulting in an increased char
layer and gradually declining mass fluxes, as with the
FPA tests herein. Gradual reductions in heat release rate
have also been observed in CLT compartment fires [14],
highlighting that similar behaviour as observed here exists
in the large-scale.
Three different outcomes are possible in this scenario
(assuming no firefighter intervention): 1) auto-extinction
occurs due to mass loss rate dropping below the critical
value; 2) mass loss rate starts to decline, but loss of
integrity or load-bearing capacity occurs before autoextinction; 3) radiation between surfaces is sufficiently
great that mass loss rate reaches a steady value and does
not result in auto-extinction.
In the case of auto-extinction occurring, the compartment
can be said to have survived the design fire given some
additional considerations.
5.1 ADDITIONAL CONSIDERATIONS
Delamination is a phenomenon by which the fire-exposed
lamella (or part thereof) detaches from the rest of the
member. When the charred layer falls off, the layer
beneath is suddenly exposed to the fire and it has been
observed that this results in faster burning and pyrolysis
until the char layer has been re-established [28]. This
faster pyrolysis may result in re-ignition after autoextinction has occurred [23]; thus it is vital to prevent
delamination or mitigate its effects. Softening of the glueline is acknowledged as a primary cause of delamination
[28], although over what temperature range this occurs for
different commonly-used adhesives is presently
unknown. Additionally, the effects of structural loading
and moisture migration on delamination (if any) are
unknown. Detailed research into understanding and

predicting when delamination occurs is necessary before
this design methodology could be fully adopted.
The falling off of plasterboard attached to the engineered
timber as a lining (e.g. for fire protection) will also affect
the extinction behaviour, as it has been observed that
when a timber surface is exposed due to the fall-off of
plasterboard, the heat release rate significantly increases
due to the involvement of the newly exposed timber
surface, as expected [29]. As this additional surface is
exposed, the fire dynamics will be affected and the reradiation between the walls will significantly increase (by
up to 300% if the system with two exposed surfaces
increases to a system with five exposed surfaces) most
likely to the extent that the critical conditions for autoextinction are greatly exceeded. Thus not only must the
conditions for auto-extinction detailed herein be met, but
it must be demonstrated that the plasterboard (or other
encapsulating system) on unexposed timber surfaces will
remain in place until auto-extinction has occurred.
Smouldering is an additional concern which must be
addressed to adopt this methodology. In similar tests to
these FPA tests, Crielaard [23] found a critical heat flux
for smouldering extinction of 5 to 6kW/m2 – substantially
lower than the 31kW/m2 for flaming extinction. This
would suggest that after flaming extinction has occurred,
smouldering combustion may continue. Whilst
smouldering extinction occurs much more slowly than
flaming combustion, as can be seen in Figure 2 in the
sharp decline in mass loss rate, the full effects must be
understood and quantified.
Finally, the residual structural capacity of the structure
post-flameout must be understood, to ensure flameout
occurs before structural collapse.

6 CONCLUSIONS
From these test data, it can be hypothesised that if the heat
flux to an exposed timber element within a compartment
is such that the mass loss rate will be less than 3.5g/m2s
and/or the temperature gradient at the charline less than
28K/mm, then auto-extinction will occur. Airflow was not
found to have an effect on extinction conditions over the
range tested. However, since this was a variable identified
by Rasbash et al. [19] as effecting extinction, a wider
range of airflow rates, and their effects on extinction,
should be investigated.
Through modelling of the exposed timber surfaces in a
compartment fire, an energy balance can be applied as
described herein, and it can be predicted whether such a
surface will undergo flaming extinction. If auto-extinction
can be demonstrated, then this may be applied as an input
as part of a new performance based design methodology.
Some further work is necessary to refine the approach
outlined herein, as detailed in section 5.1. Namely, the
effects of additional phenomena such as delamination,
smouldering, plasterboard (or other applied solid
protection material) integrity, and airflow conditions
should be explored to produce a robust predictive model.
All the above findings should be verified through largescale compartment tests to ensure the methodology is
applicable to real buildings and is valid for design.

WCTE 2016 e-book | 3909

ACKNOWLEDGEMENT
The authors gratefully acknowledge generous support
from Arup, partly through EPSRC iCASE Studentship
14220013, and from COST Action FP1404.

REFERENCES
[1] Bamford, C. The combustion of wood.
[2] Inghelbrecht, A. (2014) Evaluation of the burning
behaviour of wood products in the context of
structural fire design. Unpublished International
Master of Science in Fire Safety Engineering MSc,
The University of Queensland, Ghent University, .
[3] Bartlett, A., Hadden, R., Bisby, L. and Law, A.
(2015) Analysis of cross-laminated timber charring
rates upon exposure to non-standard heating
conditions. In Paper Presented to the Fire and
materials, San Francisco, CA.
[4] Friquin, K. L. (2011) Material properties and external
factors influencing the charring rate of solid wood
and glue‐laminated timber. Fire and materials, 35(5),
pp. 303-327.
[5] Hirschler, M. M. and Morgan, A. B. (2008) Thermal
decomposition of polymers. SFPE handbook of fire
protection engineering, 3, pp. 1-112-1-143.
[6] Matson, A., DuFour, R. and Breen, J. (1959) Survey
of Available Information on Ignition of Wood
Exposed to Moderately Elevated Temperatures. Part
II of Bulletin of Research, (51).
[7] Browne, F. L. (1958) Theories of the combustion of
wood and its control.
[8] Reszka, P. and Torero, J. (2008) In-depth
temperature measurements in wood exposed to
intense radiant energy. Experimental Thermal and
Fluid Science, 32(7), pp. 1405-1411.
[9] Drysdale, D. (2011) An introduction to fire dynamics,
John Wiley & Sons.
[10] Buchanan, A. H. (2001) Structural design for fire
safety, Wiley New York.
[11] Shields, T., Silcock, G. and Murray, J. (1993) The
effects of geometry and ignition mode on ignition
times obtained using a cone calorimeter and ISO
ignitability apparatus. Fire and materials, 17(1), pp.
25-32.
[12] Hadden, R., Alkatib, A., Rein, G. and Torero, J.
(2014) Radiant Ignition of Polyurethane Foam: The
Effect of Sample Size. Fire Technology, 50(3), pp.
673-691.
[13] Ohlemiller, T. (2002) Smoldering combustion. in
DiNenno, P. J., Drysdale, D., Beyler, C. L., Walton,
W. D., Custer, R. L. P., Hall, J. R. and Watts, J. M.,
(eds.) SFPE handbook of fire protection
engineering,Quincy, MA: National Fire Protection
Association. pp. 2-200-2-210.
[14] McGregor, C., Hadjisophocleous, G. and Craft, S.
(2013) Contribution of Cross Laminated Timber
Panels to Room Fires. In Paper Presented to the
Interflam, University of London.
[15] Tewarson, A. and Pion, R. F. (1976) Flammability
of plastics—I. Burning intensity. Combustion and
Flame, 26, pp. 85-103.

[16] Wichman, I. S. and Atreya, A. (1987) A simplified
model for the pyrolysis of charring materials.
Combustion and Flame, 68(3), pp. 231-247.
[17] Yang, L., Chen, X., Zhou, X. and Fan, W. (2003)
The pyrolysis and ignition of charring materials
under an external heat flux. Combustion and Flame,
133(4), pp. 407-413.
[18] Delichatsios, M. A. (2005) Piloted ignition times,
critical heat fluxes and mass loss rates at reduced
oxygen atmospheres. Fire Safety Journal, 40(3), pp.
197-212.
[19] Rasbash, D., Drysdale, D. and Deepak, D. (1986)
Critical heat and mass transfer at pilot ignition and
extinction of a material. Fire Safety Journal, 10(1),
pp. 1-10.
[20] Hottel, H. C. (1942) Report on "wood flammability
under various conditions of irradiation": National
Defense Research Committee of the Office of
Scientific Research and Development.
[21] Bamford, C., Crank, J. and Malan, D. (1946) The
combustion of wood. Part I. in Mathematical
Proceedings of the Cambridge Philosophical Society:
Cambridge Univ Press. pp. 166-182.
[22] ISO (2002) ISO 5660-1: Reaction-to-fire tests -Heat release, smoke production and mass loss rate. in
Part 1: Heat release rate (cone calorimeter
method),Geneva, Switzerland: Inernational
Organisation for Standardization.
[23] Crielaard, R. (2015) Self-extinguishment of CrossLaminated Timber. Unpublished Master of Science in
Civil Engineering MSc, Delft University of
Technology.
[24] White, R. H. and Dietenberger, M. (2001) Wood
products: thermal degradation and fire.
[25] CEN (2004) Eurocode 5. Design of timber
structures. . in Part 1-2: General. Structural fire
design,Brussels: European Committee for
Standardisation.
[26] Incropera, F. and DeWitt, D. (2002) Fundamentals
of Heat and Mass Transfer, 5th ed., New York: John
Wiley and Sons.
[27] Bartlett, A., Hadden, R., Bisby, L. and Lane, B.
(2016) Auto-extinction of engineered timber: the
application of firepoint theory. In Paper Presented to
the 14th International Conference and Exhibition on
Fire Science and Engineering, Interflam, Nr Windsor,
UK.
[28] Frangi, A., Fontana, M., Hugi, E. and Jöbstl, R.
(2009) Experimental analysis of cross-laminated
timber panels in fire. Fire Safety Journal, 44(8), pp.
1078-1087.
[29] Li, X., Zhang, X., Hadjisophocleous, G. and
McGregor, C. (2014) Experimental Study of
Combustible and Non-combustible Construction in a
Natural Fire. Fire Technology, pp. 1-28.

WCTE 2016 e-book | 3910

FIRE TESTS ON TIMBER-CONCRETE COMPOSITE SLABS USING
BEECH LAMINATED VENEER LUMBER
Michael Klippel1, Lorenzo Boccadoro1, Eike Klingsch1, Andrea Frangi1
ABSTRACT: At the Institute of Structural Engineering (IBK) of ETH Zurich, the fire behaviour of timber-concrete
composite slabs made with beech laminated veneer lumber (LVL) (BauBuche) was investigated. This composite slab is
made of a thin plate (depth: 40 mm or 80 mm) using beech LVL and a concrete layer on top (depth: 160 mm or 120 mm).
The beech plate acts both as formwork and as tensile reinforcement. This innovative slab system was implemented for
the first time in the ETH House of Natural Resources at ETH Zurich. This paper summarizes the results of two largescale fire tests on loaded timber-concrete composite slabs exposed to standard ISO fire. Both fire tests show that the
timber-concrete composite slab using beech LVL reaches sufficient fire resistance and integrity for 90 min and 60 min,
respectively.
KEYWORDS: Fire resistance, Beech, LVL, Timber-concrete-composite; Fire test, Fire barrier.

1 INTRODUCTION 123
As a result of an increased natural forest management and
climate changes, the proportion of hardwood, especially
beech, in Swiss forests increases. In Switzerland, the
majority of the harvested hardwoods is used only for
energy [1]. It is, however, obvious that the high quality
beech wood could better be used as a building material, in
order to take advantage of the excellent mechanical
material properties of such type of wood.
At the Institute of Structural Engineering (IBK) at ETH
Zurich, a comprehensive research project on structures
made of beech wood has been conducted with a focus on
LVL made of beech. LVL has a higher degree of
homogenisation compared to solid wood and glued
laminated timber and thus has a high reliability and
uniformity of the mechanical material properties [2]. With
the introduction of cross layers, the dimensional stability
is also significantly improved. Within the project, novel
timber-concrete composite floors from LVL using beech
(BauBuche) have been developed. The structural
behaviour of this novel type of slabs has been extensively
studied at normal temperature [3,4,5].
The structural behaviour in fire of timber-concrete
composite floor made of beech LVL was investigated
with two large-scale fire tests on the large horizontal
furnace at the Swiss Federal Laboratories for Materials
Science and Technology (Empa) in Dübendorf/
Switzerland. The composite slab was tested in a 4-point
bending application and fire exposed on the bottom side
according to a standard ISO 834-1 [6] fire. The objective
of the fire tests was to prove the fire resistance of the slabs
of 60 min (REI60). The present article first describes the
structure of the innovative slab system and then
summarizes the main findings of the fire tests.
1
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2 TIMBER-CONCRETE COMPOSITE
SLABS USING BEECH LVL
Timber-concrete composite floors are made of wood
elements, which are connected to a concrete slab. The
shear forces between concrete and timber are often
transmitted through notches or mechanical fasteners that
affect the structural behaviour and the efficiency of the
system. The advantage of timber-concrete composite
floors compared to a pure wooden slab is mainly due to
the high stiffness and mass, which improves the
serviceability (deflections, vibrations), the sound
insulation and the fire protection [7]. Compared to
conventional reinforced concrete flat slabs the application
of timber-concrete composite floor allows a reduction of
the concrete and steel and further reduces the formwork
costs.

Figure 1: ETH HoNR slab with 40 mm LVL from beech wood
and 160 mm concrete
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The novel timber-concrete composite floor system with
beech veneer plywood (BauBuche) was developed at
ETH Zurich in the frame of a research project on
innovative uses of beech LVL in structural engineering,
and was implemented worldwide for the first time in the
ETH House of Natural Resources (HoNR)
(www.honr.ethz.ch). Figure 1 shows this slab system on
the HoNR before concreting. The LVL plate on the
bottom serves as permanent formwork during
construction and as a reinforcement in the final state.
Notches are cut into the plate and act as shear connectors,
so that a mechanical interlocking between concrete and
wood is achieved. The economy is particularly enhanced
by the excellent mechanical material properties of LVL
using beech and thus the potential reduction of the
thickness of the wood cross-section.
At normal temperature, a notch is a performing
connection system for composite members. On one hand,
a notched timber-concrete connection has a high stiffness
at service level [7], which is important to increase the
bending stiffness of the composite cross-section. On the
other hand, as shown during previous research works [8],
a notch can fail in a ductile way if a compressive failure
of timber is governing. These two properties improve the
structural behaviour of a composite slab. Boccadoro [5]
developed a model for ductile and reliable design of
timber-concrete composite members made of LVL with
notched connection. This model was validated by means
of several full-scale experiments on composite members
made of beech LVL [4], and formed the basis of the
design of such type of slab.
The slab system used in the HoNR building consists of a
40 mm thick beech veneer layer with 3 cross layers and a
160 mm thick concrete layer on top [9]. On the basis of
experiments [3,4,5], the system was optimized so that the
slab system tested in the presented fire tests contains only
2 cross layers. This construction is shown schematically
in Figure 3.

Load appliaction
Concrete

At normal temperature, the laminated veneer from beech
is loaded in tension and the concrete slab is in
compression when the slab is subjected to an external
positive bending moment. Only a shrinkage
reinforcement is usually placed in the concrete slab. For
the design of the fire resistance of such slabs, two basic
strategies arise, as shown in Figure 4:
1) The fire design considers only the concrete slab, which
is then reinforced accordingly. The beech LVL is thus not
considered as a structural element in fire.
2) The fire design is done with the timber-concrete
composite cross-section. The thickness of the beech LVL
is designed accordingly and the concrete slab only
contains shrinkage reinforcement as given in the
standards.
On the basis of these two strategies, two slab systems
(type 1 and 2) were analysed in the fire tests having
different thicknesses of timber and concrete as well as
different amount of reinforcement.

F

F
400

Longitudinal beam
Cross beam

Figure 3: Timber-concrete composite slab (Type 1) with 40
mm LVL from beech wood and 2 cross layers

Beech LVL

Fixed bearing
Leca

Slide bearing
5210

300 160 300 150 160

4840
6980

Figure 2: Test set-up for the fire tests on loaded timber-concrete composite slabs

160 150 300 160 300
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Figure 4: Two strategies to design a timber-concrete
composite slab in fire

3 MATERIAL PROPERTIES OF BEECH
LVL AND CONCRETE
The material properties of beech LVL (BauBuche) are
summarised in [9]. Additionally, a recently conducted
study on the mechanical performance of timber-concrete
composite slabs using beech LVL contains information on
material properties of this slab system at normal
temperature [3,4,5]. Further, information on mechanical
properties of the used concrete is essential for the design
and the general performance of the timber-concrete
composite slab. Thus, basic mechanical properties like
compressive strength and Young’s modulus (stiffness)
were determined in tests after different time steps.
A common C50/60 concrete mixture was used for
concreting all test specimens. It is a standardized mix
design for pumping with a maximum aggregate size of
d = 16 mm and a rather high w/c ratio of w/c = 0.45 to
ensure a sufficient flow and workability of the concrete
when pumping. However, this mixture is not a selfcompacting concrete and the fresh concrete has to be
compacted with a concrete vibrator.
As cement, a portland-composite cement CEM II B-M
was used. This cement contains limestone and shale
within the range of 21-35% in mass. All specimens used

for mechanical tests as well as for the fire tests were casted
from the same concrete batch.
All specimen for the tests on compressive strength and
Young’s modulus were casted in rubber molds. The
concrete was poured into these molds in two stages and
compacted with a common concrete vibrator. The molds
were covered and stored for two days, before the concrete
cylinders were demolded and stored in an controlled
environment of T = 20°C and 50% rel. humidity. This
rather dry environment was chosen, to ensure similar
curing of the concrete compared to the large scale timberconcrete composite slab for fire tests.
The Young’s modulus was determined first according to
EN 12390-2 [10] and EN 12390-4 [11] standard using a
common testing machine. Concrete cylinders with a
diameter of ø = 150 mm and a height of h = 300 mm were
used for these tests. All cylinders were smoothened at
both ends prior testing. Each test (and thus each data
point) consists out of three test specimens.
Each concrete cylinder was placed between the two
loading plates of the testing machine. As next step, three
loading cycles between a lower stress limit of
u = 1.0 MPa and an upper stress limit o were applied,
whereas all upper stress levels were below o < 1/3·fc
being the ultimate compressive strength of the concrete
cylinder.
The corresponding deflection according to the load was
measured on both sides of the concrete cylinder over a
length of l = 150 mm between h/4 and 3·h/4 of the
specimens height as shown in Figure 5. The Young’s
modulus as well as the evolution of the compressive
strength of the concrete is illustrated in Figure 6.
It should be noted that the compressive strength of the
concrete was analysed subsequent to the tests on the
Young’s modulus. The tests were performed on the same
common testing machine. During these tests, the load was
applied linearly onto a concrete specimen with a constant
loading speed of 0.5 N/(mm2·s) according to EN 12390-3
[12]. Failure is noticed if the maximum force decreases by
5%.

Table 1: Description of the tested timber-concrete composite slabs

Properties

Slab type 1

Thickness beech LVL plate

dH1 = 40 mm, 2 cross layers

Thickness concrete layer

dB1 = 160 m

Slab type 2
dH2 = 80 mm (2 · 40 mm plates), 4
cross layers
dB2 = 120 mm

Specimens dimensions

l · b · h = 5350 · 2800 · 200 mm3
Bending reinforcement with 2 layers
ø = 10 mm s = 150 mm
ctop = cbottom = 20 mm

Shrinkage reinforcement with 2 layers
ø = 6 mm s = 150 mm
ctop = cbottom = 20 mm

Md,fi = 20 kNm/m

Md,fi = 36 kNm/m

Reinforcement
Max. bending moment in
the fire test
Concrete

C50/60 with 2.0 M.-% of the cement containing shrinkage reducing admixtures
Max. aggregate size: ø 16 mm
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the quadratic slab in the ETH HoNR is supported on four
sides and thus the load is transferred in two directions.
Slab type 1

c

200
Slab type 2

200

Beech LVL

Notch

Reinforcement Ø6@150 Concrete C50/60

Compressive strength

60

200

200
Notch

50

30
after 29d

20
10

Fire test with
slab type 2 after
70 days

Fire test with
slab type 1 after
29 days

0

10

20

30

40

50

Time [days]

60

bottom

Beech LVL

[mm]

Figure 7: Longitudinal section of the two slabs tested in fire

Compressive stiffness

40

c

15

80 120

Compressive strength [MPa] and stiffness [GPa]

70

0

c

top

Figure 5: Test set-up for tests on Young’s Modulus and
determination of compressive strength of concrete cylinders

bottom

15

40 160

c

top

Reinforcement Ø10@150
Concrete C50/60

70

80

90

Figure 6: Development of compressive strength and Young’s
modulus (compressive stiffness) over a period of 90 days

4 SPECIMEN, TEST SET-UP AND
FIRE TESTS
The slab of type 1 corresponded to the used timberconcrete composite slab at the ETH HoNR with a 40 mm
thick beech LVL and a 160 mm thick concrete layer on
top (see Figure 7). The reinforcement of slab type 1 was
chosen that the design of the fire resistance for 60 minutes
does only consider the reinforced concrete slab.
The slab of type 2 consists of an 80 mm thick LVL using
beech and a 120 mm thick concrete layer (see Figure 7).
This 80 mm thick plate is made of two beech LVL plates
(each 40 mm of thickness) which were glued together
after production using a structural one-component
polyurethane adhesive. The total thickness is thus equal
for both slabs. The design of the fire resistance of
60 minutes takes the composite action of the system into
account and thus only a shrinkage reinforcement was used
in the concrete layer.
The structural system during the experiment corresponded
to a 4-point bending arrangement. The load was
calculated so that the maximum applied bending moment
at mid-span is equal to the bending moment resulting from
the fire design of a slab of 6.5 m length as in the
ETH HoNR (cf. Table 1). The reduced load and thus
bending moment for slab type 1 resulted from the fact that

Both slabs were produced at Empa. Six 467 mm wide
beech LVL strips were interconnected with spring boards
to one element. Four screws were used to prevent an
opening between the LVL plate and the concrete. After
attaching the lateral formwork, the reinforcement was
placed and the thermocouples installed along the crosssectional height. Next, the concrete was poured,
compressed and the surface troweled. Additional test
specimens were prepared to determine mechanical
properties (stiffness, strength, etc.) of the concrete. The
fresh concrete specimens were covered with foil for three
days, and kept at 20°C and 60% relative humidity until
testing. The sample age at the time of the fire test was
t = 29 d (slab type 1) and t = 70 d (slab type 2). Figures 8
and 9 show examples of the preparation of the two slabs.
The experiments were carried out on the large horizontal
furnace at Empa. The fire chamber of the furnace has a
length of 4.84 m and a width of 3.0 m. It is fired by five
oil burners each arranged in the two longitudinal walls of
the furnace and has two observation windows integrated
into the transverse walls of the furnace. A test frame
permits the support of the specimen on top of the furnace.
The clear span of the specimen is 5.21 m (Figure 2).

Figure 8: Assembly of the beech LVL stripes
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5 RESULTS OF THE FIRE TESTS
The main observations during the experiments are
summarized in the minutes of Table 2 for both slabs. All
experimental results are described in detail in the IBK test
report [14].
5.1 Slab type 1
The fire performance of slab type 1 can be divided into
three phases. Up to about t = 45 min, applied loads were
carried using the shear capacity between timber and
concrete; no significant deflections at mid-span were
measured (see Figure 11). Falling off of parts of the beech
veneer layers started between 45 min < t <60 min leading
to a loss of the composite action (Figure 12). First
explosive spalling of the concrete was observed after
about t = 45 min. First, the concrete spalling occurred
locally in the region of the notches; after falling off of the
beech layers spalling was observed on the entire concrete
surface.

Figure 9: Concreting the timber composite slabs

During the fire test, the temperature at various points and
the deflections and slopes was measured on the surface of
the specimen (see Figure 10). The sequence of the fire test
is summarized as follows: First, the load was applied to
the specimen. After a period of t = 30 min (according to
EN 1363-1 [13]), the burners were started. The load
remained constant during the fire test until failure.
Possible ultimate failure criteria are the rapid increase in
deflections (loss of structural safety) or burn-through of
the specimen (loss of integrity). Immediately after failure
and stopping of the burners, the specimen together with
the test frame was taken from the furnace, extinguished
with water, inspected and recorded in detail.

It is worth noticing that spalling was more pronounced in
the area of the notches as this area was exposed to higher
temperatures due to the reduced wooden cross-section. In
the third phase, after t > 60 min, the reinforced concrete
slab carried the loads and the concrete surface was directly
exposed to fire leading to a rapid increase of the
deflection.
The fire test was stopped after t = 96 min, since explosive
spalling of the concrete led to a visible hole on the
concrete unexposed surface. Thus the integrity criterion E
was no longer satisfied (Figure 13).

Figure 10: Unexposed surface of fire test specimen
Table 2: Observations during the fire tests

Slab type 1
Time [min]

Observations

0
40

Start fire test
Clear gaps between the LVL stripes
Local falling off of beech LVL in the
area of the notches
First spalling of the concrete in the
area of the notches
Delamination of concrete and beech
LVL
Beech LVL completely charred and
fell off
Clear local spalling of the concrete
Severe planar concrete spalling
Stop fire test

45
50-60
60
70
80
96

Slab type 2
Time
Observations
[min]
0
Start fire test
40
Clear gaps between the LVL stripes
50

Local delamination of the two beech LVL
plates glued together

60

Bottom beech LVL plate completely
charred and fell off

68

Stop fire test
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Stop fire test 2 (t = 68 min)

125
100
75
¬ Start fire test

50
25

-20

0

20
40
Time [min]

60

Interface (In)
Notch (Ta)
Bottom reinforcement (Bu)
Top reinforcement (Bo)

800

Stop fire test 1 (t = 96 min)

Deflection at mid-span [mm]

150

80

Temperature [°C]

Slab type 1
Slab type 2

175

0
-40
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1000

200

400

200

0
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Figure 11: Deflections at mid-span as a function of time
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Figure 14: Type 1 slab: Mean temperatures in cross-section
measured during the fire test
Slab type 2

1000
Timber (H)
Interface (In)
Notch (Ta)
Bottom reinforcement (Bu)
Top reinforcement (Bo)
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Figure 12: Type 1 slab: Bottom surface of slab during fire test
at different time steps
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Figure 15: Type 2 slab: Mean temperatures in cross-section
measured during the fire test

Figure 13: Type 1 slab: Bottom surface of the slab after fire
test

Figure 14 shows the mean values of the measured
temperatures during the fire test with slab type 1. The
falling off of the beech LVL plate led to a sharp increase
in temperatures in the notches (point Ta) from t = 45 min.
Subsequently, the temperature in the interface between
the concrete and timber layer increased (point In). In the
area of the top reinforcement (point Bo), only a minimal
increase in temperature was measured. On the basis of
temperature readings, the charring rate can be determined
with the help of the 300°C isotherm and was determined
to 0.65 mm/min for slab type 1.
The relative horizontal displacement (slip) between
timber and concrete was measured in the area of the
supports, see Figure 16. Between 15 and 45 minutes of
fire exposure the slip increased continuously with
increasing time of fire exposure. The composite action is
ensured using a notched connection, as shown in Figure 7.
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The slip in such a notched connection can be idealized as
the sum of local compression strains in timber and in
concrete at the notch border and shear deformations in
timber between two notches. Therefore, one possible
reason of this slip increase is the decrease of the
mechanical properties of timber due to increasing
temperatures [13]. After this phase of increasing slip, the
temperature on the bottom of the notches suddenly
increased almost up to the furnace temperature, see
Figure 14. Thus, there was no more timber or char
protecting the concrete notches leading also to a decrease
of the slip. This decrease of the slip probably happened
because the composite action between timber and
concrete was no longer possible, since the timber under
the notches was completely turned into char, fell off and
thus the timber plate was no longer continuous. In the
following, the slab carried all loads as a conventional
reinforced concrete slab. Further, it should be noted that
at some point (approx. after 60 minutes) the slip
measurement was influenced by heat due to flames
coming from the furnace.

Horizontal slip [mm]

0.2

LVDTs removed due to heat inﬂuenced measure

u1
u2
u3
u4

0.1
0
−0.1

u1

u3
Load application

u4

u2

−0.2
Start ﬁre test
−0.3
−40

−20

0

20
40
Time [min]

60

80

• A residual cross-section of the LVL plate kept in place
and protected the concrete layer until the end of the
fire test (see Figure 17).
• Explosive spalling of the concrete was observed only
locally in the area of the notches with reduced crosssection height of the LVL plate. The criterion of
integrity was fulfilled until the end of the experiment.
• The deflection of the specimen was with w = 86 mm
at t = 68 min (stop of fire test) greater in comparison
to the deflection of slab type 1 (w = 55 mm) at the
same time.
• The horizontal displacement between timber and
concrete continuously increased throughout the whole
fire test, which means that the composite action
between timber and concrete remained until the end of
the fire test, see Figure 18.
Falling off of the lower 40 mm thick charred LVL plate
occurred after 50 < t < 60 min leading to a greater increase
of deflections (see Figure 11). The deflections doubled in
the last 10 minutes of the fire test.

Slab type 1

0.3

in temperature (point H). In the area of the top
reinforcement (point Bo), no temperature rise was
measured. The main results of the fire tests on the slab
type 2 can be summarized as follows:

100

Figure 16: Type 1 slab: Horizontal slip between concrete and
timber layer measured at the supports

5.2 Slab type 2
The fire tests with slab type 2 was stopped at t = 68 min,
when the deflection at mid-span rapidly increased. The
slab was able to transfer the loads using the composite
action until the test was stopped. It is worth noticing that
the slab consisted of two dB2 = 2 · 40 mm thick beech LVL
plates glued together with a structural component
polyurethane adhesive. After t = 50 to 60 minutes of fire
exposure, a falling off of the bottom and fire exposed LVL
plate was observed, which led to a sharp increase in the
charring rate of the upper beech LVL plate. After the fire
test, an average charring rate of about 0.85 mm/min was
measured by hand recording the residual cross-section of
the LVL plate.
Figure 15 shows the measured mean values of the
temperatures during the fire test on slab type 2. The falling
off of the lower 40 mm thick charred LVL plate was
observed after 50 < t < 60 min leading to a sharp increase

Figure 17: Type 2 slab: Bottom surface of the slab after the
fire test (top) and after the char layer was removed and the
beech plate detached from the concrete plate (bottom)
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Figure 18: Type 2 slab: Horizontal slip between concrete and
timber layer measured at the supports

6 Conclusion
The fire behaviour of timber-concrete composite slabs
made of LVL using beech veneer was investigated in fire
tests on the large horizontal furnace Empa in Dübendorf.
Two different types of slab (total thickness of each
d = 200 mm with dB1 = 40 mm (type 1) and dB2 = 40 mm
(type 2) thick beech LVL) were loaded in 4-point bending
and exposed to fire according to the ISO standard fire. The
fire test with slab type 1 was stopped after t = 96 min. The
beech LVL plate was completely charred and explosive
spalling of the concrete layer until the unexposed surface
of the concrete layer occurred. Integrity was therefore no
longer be guaranteed. The fire test on slab type 2 was
stopped after t = 68 min, as the deflection increased
sharply at mid-span. The beech plate was not completely
charred and explosive spalling of concrete occurred only
locally in the area of the notches with a reduced timber
cross-section. Integrity was guaranteed until the end of the
fire test.
The fire tests showed that the tested timber-concrete
composite slabs satisfy a fire resistance of more than
60 minutes (REI 60).
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PERFORMANCE OF TIMBER-TO-STEEL BOLTED CONNECTIONS
EXPOSED TO FIRE
Marc Alam 1, George Hadjisophocleous 2, Jeffrey Erochko 3

ABSTRACT: This paper summarizes the experimental results from a series of tests that investigated the performance of
timber-to-steel tensile connections exposed to fire. A series of fire-resistance tests were conducted on bolted wood-steelwood and steel-wood-steel connections loaded in tension. Each specimen had different cross-sectional area, fastener
diameter, fastener spacing, edge distance, and tension load. The fire temperature profile produced by the furnace used
both the standard time-temperature curve CAN/ULC-S101 and a non-standard time-temperature curve based on previous
studies done at Carleton University. Results showed that the wood-steel-wood specimens had a longer time to failure than
steel-wood-steel specimens with the same dimensions. The heat transfer and structural modeling portion of this research
is currently underway using three-dimensional finite-element models.
KEY WORDS: Connections, Wood, Steel, Bolts, Fire, Tension loading.

1

INTRODUCTION

Timber connections using bolts and steel plates are
increasingly used to assemble wood components and
transfer loads. However, these connections are the
weakest link in the structure from a fire safety point-ofview. Understanding the fire performance of different
heavy timber connections is particularly important to the
construction of multi-story buildings. Analysis of the fire
performance of timber connections is complex, due to the
variety of the connection types, geometries and fastener
arrangements, and the variability in the properties of
wood and steel at elevated temperatures. During the last
few years, a number of fire-resistance tests have been
conducted on bolted hybrid wood and steel connections in
France [1-4], New Zealand [5-7] and more recently in
Canada [8]. In this research study, an extension of a
previous Canadian study of smaller heavy timber tension
connections in fire [8], different types of timber-to-steel
bolted connections were tested under tension loads. Seven
experiments were performed: four are wood-steel-wood
connections and three are steel-wood-steel connections
under fire loads. The fire-resistance of the two types of
connections will be compared.

2
2.1

EXPERIMENTS
FIRE TESTING FACILITY

The experiments were conducted in a furnace located in
the Carleton University fire lab in Almonte, Ontario,
Canada.

1

2.1.1
Test Furnace
The medium sized furnace is designed to test the fire
performance of different types of wood and steel
connections. Figures 1 and 2 show the cross-sections of
the front and top of the furnace with a mounted specimen.
There is a propane line burner located on either side of the
furnace, which can adjust the furnace temperature to
follow any fire curve. Fresh air was provided by two
blowers installed on the burner side walls (not shown).

Figure 1: Furnace front cross-sections [8]
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2.1.3
Hydraulic Cylinder and Load Cell
The specimen is placed in the center of the furnace and is
bolted to steel mounting brackets on both the top and
bottom. A constant tensile load was applied using an
Enerpac Model RD1610 hydraulic cylinder, fixed to the
top of the steel frame (as shown in Figure 1). The loads
were measured using a MTS 661.22D-01 load cell located
between the cylinder and the top mounting bracket (also
shown in Figure 1). The load cell has a +/- 250 kN range,
and was calibrated before the tests.

Figure 2: Furnace top cross-sections [8]

The interior floor area of the furnace is 2.7 x 2.7 m2 and
the height is 2.2 m. The inner liner of the walls and ceiling
were insulated with ceramic board and mineral blankets.
2.1.2. Thermocouples and Plate Thermometers
Shielded thermocouples and plate thermometers were
placed inside the furnace to measure the furnace
temperature. The shielded thermocouples consist of an
insulated No.18 gauge type K thermocouple wire inside a
21 mm outer diameter sealed end steel pipe. There was six
shielded thermocouples used to control the different timetemperature curves in the furnace. Plate thermometers are
fabricated by welding type K metal-sheathed
thermocouple to a steel plate insulated by Fiberfrax. There
were four plate thermometers inside the furnace, which
were used to measure the direct heat load as experienced
by the specimen. The shielded thermocouples and plate
thermometers are located in the furnace as shown in
Figure 3.

Figure 3: Locations of shielded thermocouples and plate
thermometers [8]

2.1.4
LVDT
The end displacement of the specimen was measured
using a linear variable displacement transducer (LVDT)
during the test. The LVDT was mounted between the steel
frame and the top steel mounting bracket (as shown in
Figure 1). As the specimen fails, the LVDT records the
displacement of the connection as it separates. The LVDT
was calibrated before each test.
2.1.5
Data Acquisition System
The data acquisition system comprised of two 5000Series Ethernet IMP, which have a capacity of 20 analog
channels each. All data channels were recorded once per
second.
2.2

FIRE-RESISTANCE TESTS

This section describes fire-resistance test specimens,
procedures and results for the bolted WSW and SWS
connections.
2.2.1
Specimens
Seven experiments were conducted, four using a woodsteel-wood (WSW) connection configuration and three
using a steel-wood-steel (SWS) configuration. The WSW
connections were fabricated by either a steel plate
concealed in a wood member or a steel plate sandwiched
between two wood members. The SWS connections
consisted of a wood member sandwiched between two
steel plates. All connections satisfied the minimum
requirements of the Canadian wood design standard CSAO86-09 [2]. Typical geometries for WSW and SWS
specimens are shown in Figures 4 and 5.

Legend:
ep = unloaded edge distance
aL = loaded end distance
SC = row spacing
SR = spacing in a row
t1 = wood side member thickness

tS = t2 = steel thickness
h = wood member width
nR = row number
nC = number of fastener in a row
dF = fastener diameter

Figure 4: Bolted WSW connection [8]

WCTE 2016 e-book | 3920

Temperatures within the specimen were measured using
thermocouples placed at different locations along the
wood members and bolts shown in Figure 6.

t2 = wood member thickness
h = wood member width
NR = row number
NC = number of fastener in a row
dF = fastener diameter

Figure 5: Bolted SWS connection [8]

Depending on the size of the specimen, each one has
different bolt diameter, spacing (shown in the legend in
Figure 4 and 5) and tensile strength. All of the tested
configurations and tensile strengths (calculated from the
Canadian Wood Design Manual 2010 [9]) for the
specimens are shown in Table 1.
Table 1: Specimen configurations
ts1

dF2

nR3 nc4
[mm] [mm]
WSW
1
137x178
9.5 12.7 2 2
2 2@ 86x178 9.5 12.7 2 2
3
228x267
9.5 19.1 2 2
4 2@ 137x267 9.5 19.1 2 2
SWS
5
137x178
9.5 12.7 2 2
6
228x267
9.5 19.1 2 2
7
279x279
9.5 19.1 2 2
1
Steel thickness
2
Fastener diameter
3 Row number
4
Number of fastener in a row
5
Loaded end distance
6
Spacing in a row
7
Row spacing
Cross section

Figure 6: Thermocouple locations: a) at bolts and b) between
two bolt rows [8]

2.2.2
Test Procedure
The fire-resistance tests procedure is as follows:
1.
2.
3.
4.
5.

aL5

SR6

SC7

127
127
191
191

127
127
191
191

63.5 72
63.5 80
95.5 162
95.5 175

127
191
191

127 63.5 102
191 95.5 222
191 95.5 222

Load
[mm] [mm] [mm] [kN]

Wood members are Nordic Lam grade 24F-ES/NPG
glulam, which have a specified longitudinal shear strength
of 2.2 MPa, and a specified tension parallel to grain
strength of 20.4 MPa. The steel plates have a grade of
300W with a specified yield strength of 300 MPa, and a
specified ultimate strength of 450 MPa. ASTM A325
(Grade 5) bolts with a diameter of 12.7 mm or 19.1 mm
were used in different members shown in Table 1. These
bolts have a yield strength of 635 MPa, and an ultimate
strength of 827 MPa.

6.
7.

Place the specimen in the furnace, bolt it to the steel
mounting brackets, and seal the furnace openings
Connect the load cell thermocouples and LVDT to
the data acquisition system
Apply the specific constant tension load to the
specimen (without fire) for at least 20 minutes
Close the furnace door, start the data acquisition,
open the gas valve, and ignite the burners
Control the gas valve such that the temperature in
the furnace follows the desired time-temperature
curve (standard or non-standard) and sustain the
tension load on the specimen until failure
Turn off the burners once failure has occurred
Extinguish the specimen with water to stop charring

Failure occurs when the specimen can no longer withstand
the load, or the tensile load can no longer be recovered.
2.2.3
Fire Temperature Curves
The CAN/ULC-S101 fire curve [10], shown in Figure 7,
was used as the furnace temperature for the five larger
specimens.
1200
1000
Temperature [˚C]

Legend:
ep = unloaded edge distance
aL = loaded end distance
SC = row spacing
SR = spacing in a row
tS = t1 = steel thickness

800
600
400
200
0

0

20 40 60 80 100 120 140 160 180 200
Time [min]

Figure 7: CAN/ULC-S101 fire curve
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The two smaller specimens (137x178) were subjected to
the Non-Standard fire curve [11] is shown in Figure 8.
1200

Temperature [oC]

1000

RESULTS

This section presents the furnace temperature, load,
displacement, and specimen temperature results for the
representative 2@137x267 WSW specimen. It also
presents the failure time and mode, and charring rate
results for all the other specimens.
2.3.1
2@137x267 WSW Specimen
Photos of the 2@137x267 WSW specimen in the furnace,
before and after the test, are shown in Figures 10 and 11.
Both top and bottom sections of the connection, as well as
an additional part of solid wood above and below the
interior steel plate are exposed to the fire. The remaining
solid wood is protected with mineral blankets as seen in
white in Figure 10.

800
600
400
200
0

2.3

0

20 40 60 80 100 120 140 160 180 200
Time [min]

Figure 8: Non-Standard fire curve

This non-standard fire curve was developed based on a
fire that would occur in a typical residential bedroom.
Tests were conducted in 2012 at the Carleton University
fire lab on fully furnished CLT rooms. Temperature
readings in the room were used to design the NonStandard Time Temperature Curve.
1200

Temperature [˚C]

1000
800
600
400
CAN/ULC-S101

200
0

Non-standard

0

20 40 60 80 100 120 140 160 180 200
Time [min]

Figure 9: Comparison of both fire curves

The characteristic differences between the two curves are
that the non-standard curve has a faster rise in temperature
after the 2 minute ignition period, a steady state
temperature, and then a decay phase, while the
CAN/ULC-S101 fire curve never stops increasing as
shown in figure 9. Due to those differences, the nonstandard fire curve makes for a much more realistic fire
compared to the standard curve.

Figure 10: 2@137x267 WSW specimen before test
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2.3.2
Furnace Temperature
The average 2@137x267 WSW specimen furnace
temperature curves are shown in Figure 12. The averages
for the 6 shielded thermocouples and 4 plate
thermometers are plotted against the standard CAN/ULCS101 fire curve. The average of all the thermocouples and
the plate thermometers temperature curve follows the
standard curve fairly well. The average plate thermometer
temperature curve is somewhat higher due to the quicker
response of the plate thermometers and the average
shielded thermocouple temperature curve is lower due to
the slower response of the shielded thermocouples.
1000
900
Temperature (oC)

800
700
600
500
400

CAN/ULC-S101

300

PT average

200

TC average

100
0

Average

0

10

20
Time (min)

30

40

Figure 12: 2@137x267 WSW specimen furnace temperature
curves

2.3.3
Load and Displacement
Figure 13 shows the load and displacement curves for the
2@137x267 WSW. The average tension load during the
test was 175 kN. At a time of 31min:20sec from the start
of the test, the load dropped rapidly and the displacement
increased. This time represented the failure of the
specimen.
120

200
180

Load (kN)

140

80

120

60

100
80

40

60
40

Load

20

Displacement

0

Figure 11: 2@137x267 WSW specimen after test

0

10

20
Time (min)

30

Displacement (mm)

100

160

20

40

0

Figure 13: 2@137x267 WSW specimen load and displacement
curves
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2.3.4
Specimen Temperature
The temperature curves for the bolts in the 2@137x267
WSW specimen are shown in Figure 14. The temperatures
were measured on two bolts, one on the top part of the
connection and the other on the bottom part of the
connection. The temperature measured in the top bolt was
found to be much higher than the temperature measured
in the bottom bolt. This is probably because the top
section received more heat from the flames in the furnace,
since it is higher in the connection. The top section had
also split at the bolt rows during the test, which allowed
the bolts to be fully exposed to flames and hot gases.
900

Temperature [˚C]

800
700
600
500
400
300
200
100
0

0

10

20

B1

B2

B3

T1

T2

T3

30

2.3.5
Failure Time
The specimen failure time is defined as the period of time
between the start of the fire to the moment of structural
failure of the connection. The failure times presented in
Table 2 show that timber element cross section size is
positively correlated with failure time. These times range
from 11 min for the smallest SWS specimen to 31 min for
the largest WSW specimen. The results also showed that
the WSW specimens lasted longer during the tests
compared to the SWS specimens of the same size.
2.3.6
Failure Modes
The failure modes for each specimen are also presented in
Table 2. The common failure modes for the WSW
specimens were: bending and shearing of bolts, hole
elongation and row shear of the wood member. For the
SWS specimens, the failure modes were: bending of the
bolts, elongation of the steel side plates, hole elongation,
and row shear of the wood member. The different types
of failure modes are shown in Figures 16 to 20.
Table 2: Failure times and failure modes

Cross
Section

Bolts

40

The temperature curves for the thermocouples within the
wood members of the 2@137x267 WSW specimen are
shown in Figure 15. Thermocouples 6 and 7 measured
higher temperatures than thermocouples 4 and 5. This is
because thermocouples 6 and 7 were more affected by the
two-dimensional heat transfer due to the presence of the
steel plate in the center. Also, thermocouples 4 and 5 were
inserted deeper into the wood than thermocouples 6 and
7. The difference in the wood temperature measured in the
top section and bottom section was not significant
compared to that of the bolts.
800

B4
B5
B6
B7
T4
T5
T6
T7

Temperature [˚C]

700
600
500
400
300

1

137x178

4x12.7

12.35

2

2@
86x178

4x12.7

16.17

3

228x267

4x19.1

18.20

4

2@
137x267

4x19.1

31.33

0

0

10

20

Time [min]

30

Figure 15: 2@137x267 WSW specimen wood member
temperature curves

40

Row Shear;
Elongation of bolt
holes
Row Shear; Yielding
of Bolts; Elongation
of bolt holes in
wood and steel
Row Shear;
Yielding/shearing of
Bolts; Elongation of
bolt holes in wood
Row Shear;
Yielding/shearing of
Bolts; Elongation of
bolt holes in wood

SWS
5

137x178

4x12.7

11.19

6

228x267

4x19.1

15.03

7

279x279

4x19.1

17.40

200
100

Failure Modes

WSW

Time [min]
Figure 14: 2@137x267 WSW specimen bolt temperature
curves

Failure
Time
[min]

Row Shear; Yielding
of Bolts; Elongation
of bolt holes
Row Shear; Yielding
of Bolts; Elongation
of bolt holes in
wood;
Yielding/Elongation
of steel plates
Row Shear; Yielding
of Bolts; Elongation
of bolt holes in
wood;
Yielding/elongation
of steel plates
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Figure 16: Row Shear

Figure 20: Elongation of Steel Plate

2.3.7
Charring Rates
The charring rate of timber is a key factor in the fireresistance of timber connections, because it is the
uncharred wood section that carries the applied load in
fire. The charring rate may be approximated by dividing
the char layer thickness by the failure time.

Figure 17: Elongation of Bolt Holes

After the tests, the specimens were detached from the
furnace and the char layer was removed. The reduced
cross-section, without the char, was measured at two
locations as shown in Figure 21. Cross-section A-A is
located in the middle of the connection between the two
bolt columns and cross-section B-B is located above the
connection in the solid wood section. The reduced crosssections for both A-A and B-B are shown in Figures 22
and 23.

Figure 18: Yielding of Bolts

Figure 21: Charring rate cross-sections

Figure 19: Shearing of Bolts

WCTE 2016 e-book | 3925

Table 3: Charring rates

Cross
Section

Failure
Time
(min)

Cross-section
A-A
βt
βw
(mm/
(mm/
min)
min)

Cross-section
B-B
βt
βw
(mm/
(mm/
min)
min)

WSW

Figure 22: Reduced cross-section A-A in WSW connections [8]

137x178

12.35

0.850

0.769

0.769

0.648

2@
86x178

16.17

0.773

0.711

0.711

0.680

228x267

18.20

0.879

0.659

0.852

0.604

2@
137x267

31.33

0.702

0.575

0.670

0.575

0.801

0.679

0.751

0.627

Average

SWS
137x178

11.19

0.849

0.536

0.849

0.670

228x267

15.03

0.898

0.599

0.865

0.665

279x279

17.40

0.862

0.718

0.891

0.747

0.870

0.618

0.868

0.694

Average

3

CONCLUSION

This paper summarizes the results of a series of fireresistance tests conducted on timber-to-steel bolted
connections.
Figure 23: Reduced cross-section A-A in SWS connections and
cross-section B-B in both WSW and SWS connections [8]

The charring rates are calculated using Equations (1) and
(2) for both the width and thickness dimensions
respectively.
𝛽𝛽𝑠𝑠 = (𝑤𝑤0 − 𝑤𝑤𝑅𝑅 )/2𝑜𝑜𝑓𝑓

(1)

𝛽𝛽𝑠𝑠 = (𝑜𝑜0 − 𝑜𝑜𝑅𝑅 )/2𝑜𝑜𝑓𝑓

(2)

Where
• w0 and t0 are the original cross-sectional dimensions
in width and thickness
• wR and tR are the reduced cross-sectional dimensions
in width and thickness
• tf is the time to failure
Table 3 provides the calculated charring rates for the fire
tests. In the WSW connections, the charring rates for
cross-section A-A were higher than the charring rates in
cross-section B-B. This is due to the presence of the steel
plates and bolts, which conduct heat into the center of the
connection and increase the char in cross-section A-A. In
the SWS connections, the charring rate in the thickness
dimension in cross-section A-A is lower than that in
cross-section B-B. This is due to the steel plates protecting
this dimension from direct fire exposure. The charring
rates in the width dimension were higher than those in the
thickness dimension for both types of connections. The
reasons for this is that the smaller dimension were more
influenced by two-dimensional heat transfer, and they
were also facing the furnace burners.

The results showed that members with larger crosssectional area had longer failure times during the fire test.
These times ranged from 11 min for the smallest SWS
specimen to 31 min for the largest WSW specimen, far
below the 45 min target rating for Canadian code
compliance. The results also showed that the WSW
connections have a better fire resistance performance than
the SWS connections of the same cross section.
A combined three dimensional heat transfer and structural
resistance finite-element model is currently being
constructed for the connections.
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REAL-SCALE FIRE TESTS ON TIMBER CONSTRUCTIONS
Xiao Li1, Cameron McGregor2, Alejandro Medina3, Xiaoqian Sun4,
David Barber5, George Hadjisophocleous6
ABSTRACT: This paper documents the findings of a series of full-scale room fire tests, which includes tests on fully
protected, partially protected CLT rooms as well as light-frame timber/steel rooms under real natural fires, aiming to
investigate the fire behaviour and performance of CLT panels as an increasingly popular engineered wood product and
to compare it to the performance of more traditional construction methods. Results show that the CLT panels when left
unprotected get involved in the room fire as part of the combustible contents, responsible for over 60% of total heat
release in the fully unprotected CLT room and double the heat release rate of a fully protected room fire where the CLT
does not contribute. Partially-protected CLT rooms also demonstrates various levels of fire contribution. The amount of
CLT exposure is also related to the occurrence of re-ignition and a second flashover after all the movable fuels are
consumed. The behaviour of CLT delamination and charring as well as the performance of gypsum boards in fire are also
discussed.
KEYWORDS: cross laminated timber, fire test, heat release rate, charring rate, contribution to fire

1 INTRODUCTION 123
As a building construction material, wood is sustainable
and eco-friendly. The use of wood is gaining increasing
interest from the building industry and research
community in recent times, especially with the emergence
of various engineered wood products such as crosslaminated timber (CLT). These engineered wood products
have merits over traditional wood products, such as strong
structural capability and shorter erecting time, thus can be
used in mid-rise and high-rise applications. Although
wood is a great construction material both structurally and
environmentally, building codes in many countries limit
the height and area of timber construction primarily out of
concern of fire safety. For example, the National Building
Code of Canada 2010 allows timber construction up to
only four storeys; and the Code for Fire Protection Design
of Buildings 2014 of China prescribes a three-storey limit
for both light timber-frame and glulam civil constructions.
To improve these restrictions, more research work and
education should be conducted. Among the limited
number of research, a series of 10 full-scale room fire tests
[1-3] were conducted at Carleton University in Canada in
the past five years, to investigate the performance of
heavy timber constructions in fire and the contribution of
timber members to the room fire.
The objectives of the research are to study the behavior of
fully and partially protected CLT wall panels in a nonstandard and typical room fire, and to investigate how the
heat release rates, temperature, fire duration, and charring
rates differ as CLT panels are protected in various levels,
1
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and to compare the differences with light frame
construction. In addition, contribution of timber structural
components to room fire and behavior of CLT panels and
gypsum boards are also studied.

2 TEST CONFIGURATION AND
MEASUREMENTS
In total 10 full-scale room fire tests were conducted and
in three categories: fully-protected/unprotected CLT
rooms (Test 1 to 4 in Table 1), partially protected CLT
rooms (Test 5 to 7 in Table 1), and light timber/steel frame
rooms (Test 8 to 10 in Table 1, denoted as LTF, LSF).
The test room in the above had exterior dimensions of 3.5
m long by 4.5 wide by 2.5 m tall, with a single door
measuring 1.1 m wide by 2 m tall. The test rooms were
built on top of a platform with a layer of 12.7 mm cement
board installed on top. All the walls and roof panel in each
test room were built using 105 mm thick 3-ply CLT panels
provided by Nordic Engineered Wood. The outer
(longitudinal) laminations were made from SPF 1950Fb
MSR 35 x 89 mm members with the centre lamination
made from S-P-F No 3/Stud 35 x 89 mm at a 90 degree
offset orientation. To connect these panels to make a
wall/ceiling/floor, lap joints were used and secured using
self-tapping screws. In Test 8 to 10, the LTF and LSF wall
assemblies were built on top of the CLT panels separated
by two layers of gypsum boards. For the tests with
furniture sets (Test 3 to 10), 19 mm hardwood tongue and
groove maple flooring was installed over the concrete
panel.
4
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Fully unprotected room means all the interior CLT walls
and ceiling are naturally exposed as opposed to
completely lined with gypsum boards over the CLT
panels in fully protected rooms. Two adjacent walls in
Test 5 means the right wall (4.5m x 2.5m) and back wall
(3.5m x 2.5m), seeing into the room from the door. Two
facing walls means the left wall and right wall (both 4.5m
x 2.5m). 12 mm fire-rated gypsum boards are used in all
the tests as the means of protection. Except in Test 9 and
10 where only one layer of gypsum board was applied to
the walls and ceilings, two layers of gypsum boards were
used in all the other tests where protection was needed.
The first layer was secured using 35 mm drywall screws
on grid at 300 mm intervals on the ceiling and 400 mm
intervals on the walls. The second layer was installed at
an offset, so that no joints were aligned with those in the
next layer using 55mm drywall screws.
Table 1: room fire tests configurations

Test # Interior linings*
Fuel source
1
Fully unprotected
Propane
2
Fully protected
Propane
3
Fully unprotected
Furniture
4
Fully protected
Furniture
5
2 adjacent walls unprotected
Furniture
6
2 facing walls unprotected
Furniture
7
1 side-wall unprotected
Furniture
8
Fully protected LTF with 2 GB Furniture
9
Fully protected LTF with 1 GB Furniture
10
Fully protected LSF with 1 GB Furniture
*12.7 mm fire-rated gypsum board(s) (denoted as GYB)

Figure 1: room outlook and measurement locations

Figure 2: illustration of real set of furniture used in tests

Authentic furniture sets and timber flooring were adopted
as the fuel sources in Test 3 to 10 and propane gas was
used in Test 1 and 2. The tests simulated real fires instead
of a standard fire, such as ISO834. The purpose of using
a propane fire (Test 1 and 2) was to establish a reference
against which the contribution from the CLT panels could
be measured, and a fire load density representing an
extreme fire case was used (753 MJ/m2). For the furniture
fires, the bedroom was equipped with a queen size bed
and bedding, 2 nightstands, a dresser and a drawer filled
with used clothes and some books on top of them, see
Figure 2. It should be noted that the timber flooring
accounts for a large portion of total fuel load (around
45%). Together with the maple flooring, the total fuel load
in the room was about 8400 MJ, with a fuel load density
of about 550 MJ/m2. The test room size and its fuel load
(ranging from 529 to 624 MJ/m2) in this study well
represented a common residential primary bedroom as
reported by Bwalya, et.al [4].
Thermocouple trees and plate thermometers were
distributed inside the room to measure the temperature
profile across room heights. Plate thermometers were also
fixed half meter below ceiling to measure the hot smoke
layer temperature in all the tests. A plate thermometer can
account for radiation heat transfer from the flames and
room surfaces and gives a more accurate measurement. Its
measurements are prioritised against thermocouple trees,
to represent room temperature. A number of
thermocouple groups were embedded into the walls at
some specific locations, as shown by W1 to W9, C1 and
C2 in Figure 1. In each group the of thermocouples were
embedded between two layers of gypsum board and at
gypsum/CLT interface, as well as into certain depths of
CLT to measure the advancement of char front identified
by the 300 °C isotherm.
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3.1 ROOM TEMPERATURE AND HEAT
RELEASE
In all the tests, the room temperature curves have a sudden
increase until flashover and then incrementally increase
until they reach their maximum temperature.
The results show that natural fires can be very different
from a standard fire, not only in terms of the temperature
profile, but also the consequences they cause (See Figure
4 and Figure 5). Real bedroom fires reach 1000°C in about
15 minutes and sustained a fully developed period with
temperature ranging from 1000°C to 1200°C, whereas it
takes the ISO 834 fire one hour to approach the same
temperature level. A natural fire also has a quick decay
phase, which is absent in the standard fire.
For the fire in the unprotected CLT room in Test 3, two
distinctive differences in room temperature curves can be
found when compared with tests in fully-protected rooms
(Figure 4) and partially protected rooms (Figure 5). One
is that the room temperature during the fully-developed
periods in Test 3 is not higher but instead lower (up to
200°C) although exposed CLT panels contribute to the
room fire. This is due to the greater fuel to air ratio added
by the exposed timber. The other difference is that no
decay phase appears in Test 3 because of the involvement
of CLT panels even after movable fuels are consumed. On
the contrary, the room temperature gradually rises and
becomes steady at around 1200°C, much higher than in its
fully developed period. This is because of a better
ventilation condition inside the room after the movable
fuels are mostly consumed.
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600
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Figure 4: room temperature in Test 3, 4, 8, 9 and 10, in
comparison with standard curves ISO 834 and CAN/ULC
S101.
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3 SUMMARY OF TEST FINDINGS
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Figure 3: Tunnel Heat Release Rate measuring system

The full scale HRR measuring system at Carleton
University tunnel test facility is capable of accurately
measure up to 13 MW fires [5]. The measurement system
is based on the principle of Oxygen Consumption. As
demonstrated in Figure 3, the test rooms were located
inside the tunnel, therefore the heat release rates (HRR) of
room fires were recorded for each test. At the beginning
of each test, the pillow on the bed is firstly ignited through
a pilot gas burner which is removed after sustained
burning is maintained.
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Figure 5: room temperature in Test 3 to Test 7

The only physical difference among the partially
protected rooms is the number of unprotected walls and
consequently the total amount of unprotected wall area.
Figure 5 demonstrates room fire temperature profiles in
partially protected CLT rooms (Test 5, 6 and 7) in
comparison to fully protected (Test 4) and fully
unprotected (Test 3) CLT room. The maximum
temperatures in Test 5, 6, and 7 are similar to the
maximum temperatures in the fully protected and fully
unprotected room tests. This suggests that the number of
exposed walls does not have a significant impact on the
maximum temperature in the room during the early stages
of the fire. This is mainly because the furniture acts as the
main fuel burning during the early stages of the test with
minimal contribution from the CLT panels. The data
shown in Figure 4 and Figure 5 were measured by plate
thermometers mounted beneath the room ceiling in each
test except only in Test 7 the average temperature profile
from thermocouple trees is adopted due to the unusual
measurements from the plate thermometer.
The fires in three partially protected rooms reach a
maximum temperature within around 25 minutes from
ignition. After 25 minutes the temperature in the rooms
starts to decrease as most of the timber floor, furniture and
clothing were consumed. Meanwhile, depending on the
number of exposed CLT walls in the room, temperature
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3.2 TOTAL HEAT RELEASE RATE
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Total Heat Release Rate (MW)
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0

If peak room temperature is used to judge the severity of
fire, then incorrect conclusions could be made. The room
heat release rate tells a different story in the tests, as
shown in Figure 6 and Figure 7. Although similar patterns
to the temperature curves are found in the heat release rate
curves, the peak heat release rates are closely correlated
to the total area of unprotected CLT walls. Before going
into detail, it should be noted that the heat release rate
measured in the tests are total heat release both inside and
outside the room. This is because the HRR calorimeter
takes all the combustion products of both internal and
external burning in and outside the room. Hereafter it is
called Total heat release rate (THRR).

8

8

Total Heat Release Rate (MW)

levels in the rooms differ from each other generally
demonstrating slower decay with larger areas of CLT
exposure. The important findings are that secondary
flashover occurs when two CLT walls are exposed, as in
Test 5 and 6, and that happens earlier when two facing
walls are exposed due to direct radiation feedback which
reinforces the burning of CLT walls. After the secondary
flashover, the fire in Test 6 re-enters fully developed
phase and reaches the same temperature as that in Test 3,
whereas in Test 5 it decays soon after the secondary
flashover.
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Figure 7: total heat release rate (THRR) in Test 3 to Test 7

Fires in the fully unprotected room (Test 1 and Test 3)
demonstrates a higher fire growth rate compared with
fully protected rooms. The average THRR during the fully
developed periods in the fully unprotected room tests
almost doubled those in the fully protected room tests
(such as Test 2 and Test 4), as shown in Figure 6 and
Figure 7.
To assess the impact of an area of interior exposed timber
on the room fire characteristics, the results of the fully
protected (Test 4) and fully unprotected room test (Test 3)
are shown together with the results from the three partially
protected room tests (Test 5, 6 and 7) in Figure 7.
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Figure 6: total heat release rate (THRR) in Test 3, 4, 8, 9 and
10.

The highest THRR output shown in Figure 6 and Figure 7
is for the room with unprotected CLT panels in Test 3. In
Test 6 the partially protected room test with a total
unprotected surface area of 22.5 m2 or 59.4% of the total
wall surface area produced the second highest THRR
output of 6.33 MW. In Test 5 the partially protected room
test with a total unprotected surface area of 20 m2 or 52.8%
of the total wall surface area had a maximum HRR of 4.79
MW. In Test 7 the partially protected room test which had
only one wall unprotected totaling 11.25 m2 or 29.7% of
the total wall surface area had very similar HRR output
from what was obtained in fully protected rooms such as
Test 4.
Secondary flashover, demonstrated as significant increase
and decay in both temperature and THRR curves after the
first flashover, was found in both Test 5 and 6 which had
two CLT wall unprotected. Test 5 with the adjacent
unprotected walls had similar characteristics as Test 4
with the fully protected room. The only difference was the
second flashover at 70 minutes in the test due to premature
delamination of CLT walls. Test 6 with two facing
unprotected CLT walls also demonstrated a second
flashover, but the THRR data failed to be measured due
to a system malfunction. The temperature curve in Figure
5 clearly indicates the second flashover. This happened
much earlier than the second flashover at around 40
minutes in Test 5. As explained in Figure 5, the much
earlier second flashover in Test 6 is because of direct
radiation feedback by two facing radiating CLT panels,
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which leads to more severe charring than two adjacent
CLT panels. This can also explain why higher THRR
were measured in Test 6 than in Test 5.

combustion process throughout the duration of the test,
the room can be deemed to be equivalent of noncombustible construction.

It is found that the occurrence of the second flashover was
directly related to the CLT panel delamination process in
the fire. When the first layer of the 3-ply CLT panel is
consumed through charring, it exposes the new timber ply
and thus resulted in accelerated charring and heat release,
which leads to another peak of heat release and the socalled second flashover. Delamination was found in Test
3, 5 and 6 when at least two CLT walls are unprotected in
the room. As an illustration, Figure 8 captured the
delamination process in Test 6 before the second
flashover.

It was found that heat release from the burning of exposed
timber panels accounted for over 60% of the total energy
release in both Test 1 and Test 3. This is calculated by
comparing the heat release by the provided fuels to the
total heat release measured throughout the tests (equate
the area under the THRR-time curve). Note again that the
THRR measured was actually a combination of in-room
and out-of-room HRRs. In Test 3, further calculation
(documented in [3]) showed that about 75% of the heat
release occurred outside the room during the fully
developed period, and the rest was generated inside the
room controlled by very poor ventilation conditions with
the fuel-to-air ratio at about 3.1 during the fully developed
period. The global equivalence ratio represents the fuelto-air mass ratio in the fire compartment normalized by
the stoichiometric fuel-to-air ratio which indicates the
ratio in the complete combustion condition (for spruce it
is 0.258 [6]). Other fully protected tests (Test 4, 8, 9 and
10) had slightly under-ventilated conditions with fuel-toair ratios reaching 1.2 during the fully developed period.
The calculation results are shown in Table 2.
Table 2: combustion characteristics in the fully-unprotected
CLT room (Test 3) in comparison to the fully-protected room
(Test 4)

Figure 8: photo records of CLT ply delamination in Test 6

Test 7 with one CLT wall unprotected did not exhibit any
CLT ply delamination. The char layer was able to remain
in place during the entire test which slowed down the
charring rate of the room. The char layer protected the
unburnt wood effectively, hence decreasing the
availability of fuel that contributed to a decrease in THRR.
For Test 3, with 4 walls unprotected, although there was
no fire curve demonstration of the second peak, the
delamination actually occurred slightly before 40 minutes
after ignition. The large area of timber exposure sustained
a full level of THRR even after all the room contents were
consumed.
3.3 CONTRIBUTION OF TIMBER TO FIRE
The room fire tests with full surface area protection in
Test 4 and Test 8 (fully protected with 2 layers of gypsum
board) provide a base measure of THRR to compare with
other partially and fully unprotected rooms, as well as
poorly protected rooms (light frame rooms in Test 9 and
10). These tests provide the fire characteristics of the
room without the contribution of the CLT walls. Given
that none of the walls or ceiling became involved in the

Mean THRR (MW)
Global combustion efficiency
Fuel burning rate (kg/s)
Doorway Air entrainment rate (kg/s)
Smoke outflow rate (kg/s)
Neutral plane height (m)
Global equivalence ratio inside the room
Maximum in-room HRR(MW)
Heat release rate outside the room (MW)

Test 3
7.11
58.4%
0.676
0.856
1.532
0.78
3.056
2.58
4.53

Test 4
3.995
67.6%
0.328
1.076
1.404
0.87
1.18
3.24
0.775

The tests on partially protected CLT rooms showed that
the area of exposed timber panels impacts on the fire
intensity (Test 5 to Test 7). The fire in the room with two
facing exposed CLT walls (Test 6) contributes more to the
fire than the room with two adjacent exposed walls (Test
5) due to direct radiation feedback in the former test. This
finding can be verified through the comparison of peak
THRRs as well as total heat release in the first 26 minutes
(see Figure 7) where, two adjacent exposed CLT walls led
to a slightly lower energy release than the case with two
facing exposed walls. The room fire with only one CLT
wall exposed (Test 7) offered similar results to fully
protected rooms in terms of THRR, fire duration, intensity
and the self-extinguishment behavior.
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Table 3: total measured energy output in the first 26 minutes of
tests in the fully protected, fully unprotected and partially
protected CLT room

Test #
Test 3
Test 4
Test 5
Test 6
Test 7

heat production in the
first 26 minutes (MJ)
9864
4581
5275
6702
4383

Ratio to Test 4
2.15
1
1.15
1.46
≈1

Table 3 summarizes the total heat production of the first
26 minutes in the fully protected and unprotected room
(Test 4 and 3, respectively) and the three partially
protected rooms (Test 5 to 7). A period to 26 minutes was
the longest time with available THRR measurements in
all the above five tests. And at this time fires in the fully
and partially protected rooms already entered the decay
phase. The heat production is the integration of THRR
curve over the time in seconds, which is simply the area
under the THRR-time curve over a period.
Although combustion efficiency may vary in different
tests, the ratio to Test 4 shown in Table 3 can be viewed
as an indicator of level of CLT contribution. Test 7 with
one unprotected walls had similar characteristics to Test 3
and other fully protected room tests. With two adjacent
unprotected walls in Test 5, the energy output was
increased by 15%, not a significant contribution. The two
opposite exposed CLT walls brought the heat production
up by 50%. The energy output in the fully unprotected
CLT room doubled that of a fully protected room. In Test
9, wood studs in LTF walls contributed to fire during the
decay phase after the failure of wall gypsum boards,
though this single layer of gypsum board stayed in place
for more than 60 minutes. The contribution was not
obvious, with a low level THRR in the later period in
Figure 6, resulting from the burning of the wood studs. It
can be inferred from the results that both of the exposed
area of timbers and their location may influence the level
of timber contribution.
The increase in fire load associated with the CLT panels
is accompanied with an increase in fuel surface area (walls
and/or ceiling) that increases the production rate of
volatiles as the fire develops. The increased rate in the
generation of volatiles increases the risk of fire spread
locally when combustion occurs. However this can also
present a remote hazard through the transport of
combustible gases in cases of low ventilation. The
corresponding increase in generation of gases and smoke
significantly increases the associated life safety hazards.
Another important consideration is whether the room with
unprotected CLT walls would have a sustained fire after
all the movable fuel contents were consumed. In Test 3
where all the room walls and ceiling were exposed, the
THRR was sustained at a high level until the fire was
manually extinguished. Test 6 had the THRR data lost
after 26 minutes into the test, but the temperature profile

indicated room re-ignition and flashover shortly after 40
minutes. Test 6 presented a decay but returned to a 2 nd
flashover at about 70 minutes. In both of the above tests
the 2nd flashover occurred along with the delamination of
the first layer of CLT panel. In contrast, in Test 7 where
only one CLT wall was unprotected, the fire entered the
decay phase and self-extinguished.
3.4 GYPSUM BOARD PERFORMANCE
The use of protection systems can increase the fire
resistance rating of CLT panels or any other heavy timber
product. By delaying the onset of the charring process, the
cross section of the CLT panels is able to remain intact for
a longer period of time. The increased protection allows
engineers to choose panels of smaller cross-sections in
their design, knowing that the wood will remain at
ambient temperature and therefore maintain its strength
properties. 12.7 mm fire-rated gypsum boards were
directly applied over the CLT panels, where their
protection was required.
In the fully protected CLT rooms (Test 2 and 4), the whole
room interiors were lined with two layers of 12.7 mm fire
rated gypsum board. Gypsum board is an effective
method of protection and its use in these tests has shown
that each layer delays the onset of charring by at least 20
minutes. The temperature at the interface of the gypsum
and CLT is maintained at around 100°C while free water
(about 21%) is driven off from the gypsum board, causing
shrinkage of the material [7]. The shrinkage of the
gypsum board is the primary cause of failure as the
connections with the screws weaken and cracks form.
Once the gypsum loses the water content it may fall off,
however in many places during the tests, the gypsum
boards remained in place providing protection resulting in
lower temperatures than experienced in the room.
Charring behind gypsum boards also occurred as gypsum
boards remained in place on the wall or ceiling, even after
the fire had been extinguished. This was observed up to
several hours after the fire was extinguished.
The temperature behind the gypsum boards began to
increase rapidly after the dehydration process (i.e., water
is driven off). In Test 2 the first indication of this is at 41
minutes at the interface of gypsum boards and CLT on the
ceiling (behind the two layers of gypsum board), and then
it reached a charring temperature of 300°C at 43 minutes.
All other 6 wall measuring spots achieved the charring
temperature in 56 minutes to 80 minutes into the tests.
In Test 4, the lining remained in place for the duration of
the test, and the CLT panels did not experience any
charring. The first appearance of dehydration of the inner
layer of the gypsum board ended at 43 minutes. The
maximum temperature measured at the CLT / gypsum
board interface was 133°C, not reaching the charring
temperature of CLT before 53 minutes, when the test was
terminated. See Figure 9 for the temperature profile at the
gypsum / CLT interface.
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minutes. After the calcination process of the gypsum
boards in the both tests went through a quick temperature
rise, but demonstrated very different features. Falling of
the gypsum board in Test 9 occurred after 60 minutes
following ignition, while in Test 10 the majority of wall
gypsum boards collapsed shortly after 23 minutes due to
deformation of the steel studs. In both tests temperature in
the cavity behind the gypsum boards reached around 700800°C at 25 minutes into the tests.
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Figure 9: temperature profiles at the interface of CLT and
gypsum boards in Test 4, from 6 measuring points on walls and
2 on ceiling

In another fully protected room fire (Test 8, light timber
frame room protected with 2 layers of gypsum board), a
very similar temperature profile to Figure 9 was obtained
at the gypsum / wood stud interface but quicker
temperature rises were found on gypsum / fiberglass
insulation (i.e., insulation material filled between studs)
were found. The two layers of gypsum boards protected
the studs well in Test 8 and no char was observed after the
test.
In Test 5 with two adjacent unprotected CLT walls, two
groups of embed thermocouples into the ceiling showed
that the 2 layers of gypsum board delayed the char onset
of the panels by over 80 minutes. In Test 6 with two facing
unprotected CLT walls, the temperature at the gypsum /
CLT surface never reached 300°C on protected walls,
meaning the gypsum protection was adequate for over 56
minutes (test duration) allowing no charring of the wall
panels. However, at one ceiling thermocouple group
embedded close to the room back demonstrated higher
temperature, which reached 300°C in gypsum/CLT
interface at 50 minutes.
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Figure 10: measurements of ceiling embedded thermocouples
in Test 6

In Test 9 and Test 10, both of which were protected with
one layer of gypsum board directly over studs, the gypsum
boards entered into dehydration at around 8 minutes at a
steady temperature of 95°C, which lasted around 8

3.5 CHARRING RATES
Charring rates were calculated using thermocouples
embedded in the structure at different depths from the
exposed surface to track the progress of the char front,
indicated by the 300°C isotherm. The instantaneous
charring rate is calculated by taking the difference
between two depths and dividing it by the difference in
time for each point to reach 300°C.
In the fully unprotected tests, charring rates of up to 6 mm
depth in Test 1 are an average of 0.81 mm/min and
reduced to 0.51 mm/min over the second 6 mm, likely a
result of the char layer developing which acts as an
insulator. The overall average charring rate in Test 1 was
0.63 mm/min which is consistent with the Eurocode 5 [8]
charring rate of 0.65 mm/min. The charring depths
observed in Test 3 were measured up to depths of 24 mm.
Charring at all positions is observed at 5 minutes when the
room enters flashover. The charring rate of CLT in Test 3
was 1 mm/min in a 60 minute period.
Charring rates were also obtained on unprotected CLT
walls in the partially protected CLT rooms. In Test 5, a
charring rate close to 0.6 mm/min was recorded at the
beginning and quickly rose until it reached its maximum
of about 1.1 mm/min, around 15 minutes from the fire
ignition. In Test 6, the charring rate appears to start around
0.6 mm/min at the beginning of the test, but quickly
increased to just over 1.0 mm/min. The position of the two
unprotected CLT walls in Test 6 facing each other was
optimal for radiation between the two surfaces. This
allowed the room and panels to remain hotter for a longer
period of time and therefore having a greater charring rate.
In Test 7, the charring rates were lower than those in Test
5 and 6. Test 7 had the smallest percentage of exposed
CLT area which causes a lower average charring rate.
Also, the room did not experience any delamination,
allowing the char layer to serve as a thermal barrier for the
unaffected wood which effectively slows down the
charring rate. The average charring rates of the CLT wall
panels in Test 1, 2, and 3 were 0.69, 0.77, and 0.71
mm/min respectively.
In Test 9, charring took place in the wood studs behind
the gypsum boards. Despite that the gypsum boards
stayed on the walls for an hour and longer, the onset of
charring in the wood studs was first measured as early as
22.2 minutes after fire ignition. The average charring rate
based on a 30 mm charring depth is calculated to be 1.22
mm/min. it is also found in other tests that onset of
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charring may indicate the failure of gypsum boards, but
fall-off always took longer time.

4 DISCUSSION AND CONCLUSION
When left unprotected, timber members such as CLT
panels can be ignited and contribute to the room fire.
Different amount of exposure results in different levels of
fire contribution, and is also related to the occurrence of
room re-ignition and the secondary flashover.
In protected room tests, the fires self-extinguished when
all combustibles were consumed and the CLT panels
remained unaffected by the fire with no noticeable
contribution to the growth, duration or intensity of the fire
was observed. Increased fire growth rates were observed
in rooms where CLT panels were unprotected, which
reduced time to flashover. Involvement of timber
structure did not increase the room temperature (upper
layer) as the in-room fire was ventilation-controlled. But,
when more than one CLT wall was left unexposed, the
room temperature in the fully developed phase was
slightly lower due to high fuel-air ratio.
Increased rates of energy release were observed where
CLT panels in the room were fully unprotected,
approximately doubling the total energy output in the
fully protected room tests. After careful calculation it was
found that in the fully developed period a large portion of
the total heat release (over 75%) was produced by external
burning, whereas the fully protected rooms experienced
slightly under-ventilated burning conditions and most of
the burning occurred inside the room. In addition, the heat
release rate during the tests with two walls exposed was
much greater than the heat release rate of the test with only
one wall exposed.
Where charring caused delamination of the CLT panels,
energy release rates were increased extending the duration
of the room fire. This indicates that the CLT panels can
contribute significantly to the fire load in a room and
delamination could eventually lead to structural failure.
Delamination of the CLT panels provides fuel to the fire
as it uncovers unburnt wood, which could lead to room
flashover. Premature delamination of CLT plies occurred
in the fully unprotected room tests and two rooms with 2
walls unprotected. The first exposed CLT ply did not char
fully before the adhesive failed, exposing the underneath
ply and adding new fuel to the fire. Delamination of the
plies was the reason for the second flashover during the
tests with two exposed CLT walls, and room test with only
one wall exposed did not delaminate.
Overall the partially protected CLT room tests
demonstrated that a certain percentage of the room
interior surface area can be left unprotected without
increasing the risk of fire spread or increased fire intensity.
The study demonstrated that for a 4.5 x 3.5 x 2.5 m room
with a door opening of 2.0 x 1.0 m with one wall
unprotected accounting for 29.7 % of total room wall area,
the room fire performed similarly to a fully protected

room and resulted in self-extinguishment after the room
contents were consumed. The use of sprinklers is
recommended as it ensures that fires will be suppressed
with only limited fire department intervention required.
The premature delamination of plies is could be
problematic, but this should not be a concern if sprinklers
are installed.
It was found that gypsum board encapsulation could
greatly improve the fire performance of CLT panels in the
fire. With two layers of 12.7mm fire-rated gypsum board
protection, they could provide a delay of CLT charring
onset by more than 40 minutes. The gypsum boards as
ceiling protection demonstrated poor protection of ceiling
CLT panels, where severe damage was found in the areas
that were directly above the fire. Another finding is that
the fall-off of gypsum boards usually did not occur at the
same time as their failure (at a time when the gypsum
dehydration process ended), but much later in the fire.
Nevertheless, the gypsum board had lost most of their
insulation capability after its dehydration.
When a single layer of 12.7 mm fire-rated gypsum board
was applied on the fire exposed side, significant earlier
gypsum board fall-off appeared in the light steel frame
construction than in the light timber frame construction,
which is due to a very early deformation of steel studs
shortly after 20 minutes of fire duration. In comparison,
the gypsum boards on the CLT panels generally
performed better than on the light frame walls, which is
due to the tight connections between the flat CLT panels
and gypsum boards, causing the gypsum board joints to
be much harder to penetrate. Staggered overlapping of the
two layers of gypsum board installation also helped with
the protection.
At the beginning of the fire exposure the wood
experiences a faster charring rate. Once the char layer
increases in depth, it starts to perform as an insulation
layer to the unexposed wood causing a slower charring
rate. Higher charring rates occur later (over 1.0 mm/min)
as a result of the premature ply delamination, which
eliminates the protective char layer and exposes fresh
wood to the fire. Another reason for higher charring rates
during the tests is that the temperatures early on in the
room tests are far greater than in a standard fire test.
Timber charring rates during the real fire were found
much higher than the recommended charring rate of 0.65
mm/min widely referenced. For instance, the charring rate
of wood studs in Test 9 was 1.2 mm/min in 30 mm
charring depth. As noted earlier, the natural test fires grew
quickly to higher temperatures than a standard fire.
In future research it would be beneficial to understand the
effects of adhesives with melting points higher than
300°C. Some CLT manufacturer already started to adopt
that approach to improve panel fire resistance. This type
of adhesive would eliminate the delamination issue which
could potentially prolong the fire resistance of the CLT.
The use of CLT panels with wider plies could also be
explored. The char front would take longer to reach the
adhesive line and therefore prolong the delamination
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onset time. Furthermore, future tests could look at having
a greater ventilation factor by increasing the area of room
openings such as windows. Most of the heat release in
exposed CLT room fires is released outside the fire
compartment posing a considerable remote hazard. A
larger ventilation factor would probably provide a more
severe non-standard fire in terms of heat output.
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Towards Fire Safe Design of Exposed Timber in Tall Timber Buildings
David Barber1, Roy Crielaard2, Xiao Li3
ABSTRACT:
As timber buildings are constructed taller, architects and building owners are asking for more timber to be exposed.
Addressing how exposed timber and in particular cross laminated timber, influences a fully developed fire through to
self-extinguishment is a current and complex fire safety issue. There is limited research available on how exposed timber
alters heat release rate, temperatures and fire duration. This paper provides a summary of the relevant research to
understand similarities in findings and how the results of fire tests can be applied. Research shows that large areas of
exposed timber has a significant impact on heat release rate, but limited areas of exposed timber can be accommodated
within a fire safe design. The location of exposed timber and avoiding two or more adjacent exposed surfaces, is an
important finding. It is evident from the limited testing that a single exposed timber wall of approximately 20% of the
total wall area has little impact on a compartment fire. The development of a calculation methodology to account for the
change in compartment fire dynamics when two or more surfaces are exposed is the next step in the advancement of
exposed timber fire safety engineering.
KEYWORDS: Tall timber buildings, fire safety, exposed CLT, heat release rate

1 INTRODUCTION
Buildings with a timber primary structural frame are being
planned and constructed globally, driven by the desire for
sustainable architecture and also the realisation of the
economic benefits and construction efficiency of timber.
For fire safety, the design of multi-storey timber buildings
has been predominantly based on timber elements being
encapsulated (clad) within fire rated plasterboard
products, such that the plasterboard provides a noncombustible finish. The plasterboard may also improve
the required fire resistance rating (FRR). Examples of this
approach include the Stadthaus 1 in London, Forte 2 in
Melbourne and the two tall timber buildings currently in
planning in Canada3 4.
The use of engineered timber as walls and floors is leading
to more architects and building owners asking for more of
the timber to be exposed and not clad behind plasterboard,
so that building occupants and visitors have a greater
sense of the timber structure. Fire safety engineers are
being asked to develop solutions so that the warmth and
beauty of the timber structure within the building is
exposed for all to see. Addressing how the exposed timber
impacts a fire is a very current fire safety issue, as
engineers are designing taller timber buildings that have
more structural performance expectations.
The aim of this paper is to provide information on the
problem of exposed timber and to assist in defining the
issues involved, to suggest where more fire testing is
1

Arup, Washington D.C., david.barber@arup.com
Arup, London, roy.crielaard@arup.com
3
Arup, Shanghai, xiao.li@arup.com
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needed and to develop a framework as to how the problem
can be solved. Both researchers and fire safety engineers
need to cooperate to develop methods to determine what
exposed timber configurations can safely be designed

2 THE IMPLICATIONS OF
COMBUSTIBLE CONSTRUCTION
2.1 WHAT IS A TYPICAL HIGH-RISE TIMBER
BUILDING?
Mass timber construction is based on using engineered
timber for the load-bearing structure. Today’s high-rise
timber buildings, typically constructed over 25m, or 7
floors, have a load-bearing frame with glulam or
laminated-veneer-lumber (LVL) beams and columns,
with cross-laminated timber (CLT) walls and floors (see
figures 1 and 2). Nail-laminated timber (NLT) may also
be used as flooring. CLT can also be used throughout, as
load-bearing walls and floors, which suits residential
buildings well, where there are multiple walls. Buildings
may also include a concrete core, to provide stability or to
assist with fire department approvals. High-rise buildings
have the timber encapsulated in fire rated plasterboard.
2.2 WHAT ARE THE BUILDING CODE
REQUIREMENTS?
For timber construction there is typically an historical
aspect to the requirements and their derivation within the
code. Model building codes differ significantly between
countries as to an acceptable height for timber, as part of
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the load-bearing structure. Some countries may limit
timber to low-rise buildings only, while some countries
allow timber to be used to any height5. The introduction
of new technology in engineered timber and a desire for
more sustainable buildings has resulted in more model
codes starting to allow timber structures to be constructed
to greater heights.

construction. This historical nature of the requirements
limits the use of mass timber, such as CLT or glulam,
possess very different fire characteristics to light frame
timber construction. The new edition of National Building
Code of Canada (NBCC 2015) allows the construction of
combustible residential and office buildings up to 6
storeys, but the historical context of timber fire safety and
codes is still apparent.
All building codes require construction elements for
medium and high-rise buildings to perform to an
acceptable standard during a fire to enable safe evacuation
of a building and firefighters to conduct their firefighting
and search and rescue operations. Additionally, there is an
expectation that high-rise buildings do not have structural
failure as a result of a fully developed fire, in the unlikely
case of sprinkler protection being ineffective. These
objectives need to be met and proven when there are areas
of exposed timber within a compartment.

Figure 1 – “Treet”, Norway, under construction
(Vancouver Sun)

2.3 WHAT IS THE FIRE SCENARIO?
The basis of the problem is a building with an exposed
timber structure and the active fire safety measures are not
effective, i.e. the sprinklers fail (an unlikely scenario) and
firefighting intervention does not occur during the full
duration of the fire. This represents an extreme fire
scenario where only the passive fire protection of the
structure contributes towards the desired level of safety.
In such a situation, the timber structure is expected to burn
along with the fuel already present in the compartment,
i.e. the combustible contents of rooms. The additional fuel
from the exposed timber then results in a compartment fire
that continues to burn beyond the typical fire decay that
would be expected within a compartment of noncombustible or limited combustible finishes.
The additional heat release caused by the exposed timber
could cause a threat to areas beyond room of fire origin.
The code intent for a high-rise building is that it survives
full burn out and remain structurally intact. However, if
the timber structure is involved in the fire it could
continue burning even after the contents inside the
compartment have been consumed. As a result, the
structure may not fulfil its load carrying capacity and
provide acceptable compartmentation. Continued burning
could result in fire spread beyond the compartment of
origin and/or collapse of the structure, irrespective of the
fire resistance rating of the structure.

Figure 2 – University of Massachusetts Amherst building
For example, the National Building Code of Canada 6
(NBCC) Division B Part 3 and Part 9 limited buildings
constructed using combustible materials to a maximum of
4 storeys with a maximum floor area of 1800 m2 per
storey. This restriction prevented engineers and architects
wishing to design timber buildings. It is important to note
that the NBCC requirements were derived by considering
light frame timber as the main type of combustible

Given the requirement for survival of the compartment for
full fire burnout, the challenge in extending the basic
compartment fire modelling assessment methods for use
for exposed timber construction materials is important. A
key input will be the development of a design fire to
account for the impact that the combustible construction
has on the compartment fire dynamics.

3 DEFINING THE PROBLEM
3.1 INTRODUCTION
A building with some portion of the underside of the
timber floor exposed or part of a wall exposed (not clad in
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fire rated plasterboard) introduces a myriad of challenges
for fire safety engineers to grapple with. There are three
aspects to be addressed for exposed timber within a highrise building.
The first aspect is having combustible interior finishes as
part of a building. Building codes permit combustible
interior finishes within typical high-rise office and
residential occupancy uses, including timber. These are
limited in flammability to slow early fire development.
Exposed timber to walls and ceilings, which typically are
not limited in thickness, may also not require any coating
to limit the flammability in combination with sprinkler
protection. Hence, exposed timber within a compartment
is not a new problem and may be included in current
building codes.
The second aspect to be addressed is where there is
exposed timber within a compartment, such interior
finishes or beams, columns or the underside of a timber
floor, and how that exposed timber impacts on a growing
a developing fire. As previously discussed, where there is
no active fire protection and a fully developed fire is
growing, then the compartment peak heat release rate
(HRR) and fire duration will be increased due to the added
combustible fuel available. The extent of HRR increase
and the extension in the fire duration will be dependent on
the amount of exposed timber. The concern with having
exposed timber is that the energy released from the fire,
which has been influenced by the exposed timber, may be
such that the FRR provided for structural stability and
compartmentation, may then be insufficient. Hence, the
exposed timber could cause a fire that overruns the
structural FRR or the compartment FRR. Furthermore, if
the intent of the code is to ensure the building survives the
fire, continued burning of the structure may result in
collapse and thus failure to meet that intent, irrespective
of the actual fire resistance rating.
The third aspect to be addressed is where a building is a
high-rise building and has timber as part of the loadbearing structure and that timber is exposed. Where a fire
can grow, and that fire is not controlled by active
suppression, if a fully developed fire was to occur, then
the load-bearing structure will form part of the
combustible fuel within a compartment. The load-bearing
structure itself is then contributing to the fire
development. Some codes do not allow load-bearing
structure to be combustible.
The above issues need to be addressed for a building that
includes exposed timber and that building is a high-rise.
For low-rise and some medium-rise buildings, codes
typically permit greatly reduced fire safety requirements
and allow buildings with a zero FRR and timber may be
exposed and be code compliant.
3.2 SOLUTIONS TO DATE
The issues described above are starting to be addressed by
the research and design community, but the key
engineering item of contribution of the exposed timber to
the compartment HRR has not been appropriately

addressed to date. Fire safety engineers do not have a
robust and conservative engineering solution to work
with.
At present, encapsulation of timber elements by fire rated
plasterboard in high-rise buildings is a preferred solution,
assuming these are properly detailed and installed. But
encapsulating the timber circumvents the fundamental
questions regarding fire behaviour of the exposed timber.
It is also not clear if the encapsulated CLT has fire rated
plasterboard installed that is design and constructed to
remain in place for the full duration of the fire, or the
plasterboard simply delays the exposure of the CLT to the
fire. It the plasterboard fails while there is still a
compartment fire, then the CLT can become part of that
fire and extend the HRR. The failing plasterboard may
result in a fully developed fire that has an energy release
well beyond the installed FRR expectations, causing
failure of compartment barriers and structure.

4 AVAILABLE RESEARCH
There is a limited amount of research into exposed timber
within compartments, but the number and type of fire tests
is growing. The research has been primarily carried out in
Europe and Canada and a summary of relevant research is
provided below.
4.1 SUMMARY OF FINDINGS FROM FIRE TEST
RESULTS
4.1.1 European Fire Testing and Research
There are a limited number of studies that investigated the
fire contribution of combustible room structures in real
fires. A study by Frangi et al7 presented results of fullscale tests on timber modular hotels performed under
natural fire conditions, and showed that when rooms were
lined with combustible linings, a significant amount of the
in-room pyrolysis gases burnt outside the window area.
This effect was well illustrated by the failure times of the
standard double glass windows installed above the
window of the fire room. Glass windows failed at about 7
minutes after ignition in this case, but they failed at about
40 minutes when the fire room was protected by
plasterboard. Hakkarainen8 conducted four full-scale fire
tests, three of which were constructed with heavy
laminated timber and one of which was light timber frame
construction. Using energy balance analysis, the research
showed that the fire contribution of the timber structure
was significant and greatly enhanced external
combustion.
Crielaard 9 investigated how exposed CLT ignites,
combusts and whether the timber structure continues
burning or whether there is fire decay through selfextinguishment. Self-extinguishment is currently not
considered as part of a fire safety assessment, but is an
important factor for multiple exposed surfaces of CLT. A
model of self-extinguishment was created, consisting of
flaming combustion until the contents are consumed,
whereby the CLT transforms from flaming to
smouldering combustion and finally a transition from
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smouldering to self-extinguishment. Further details of this
fire testing are provided in later sections of this paper.
More recently, SP10 in Norway carried out a fire test on a
small studio apartment mock-up, constructed with 5 ply
CLT (100mm) with a wall and ceiling exposed. The fire
test was first carried out with sprinkler protection active
and showed conditions in the room would be survivable,
with the sprinkler activating and controlling the fire. The
second test was based on the sprinklers being turned off.
The room had a fuel load of fixtures and furnishings of
approximately 658MJ/m2 and the fire growth and
resultant temperatures were typical of what is seen in
small residential apartment fire tests. The temperatures
grew very quickly in the first ten minutes to more than
900oC. The temperatures did not decay as the exposed
CLT became more involved. From the test report, it
appears the plasterboard encapsulation to the walls failed
sometime between 45 minutes and 60 minutes into the
test, so the test become a compartment with most surfaces
of the CLT exposed. After 90 minutes of fire duration, the
CLT panels started to fail and the test was stopped. Char
rates in the CLT varied and were on average recorded at
1.1mm/min, which would seem appropriate given the
very high temperatures and heat flux received by the CLT
panels. This fire test appears to have resulted in similar
conditions to the fire tests carried out by Medina and
McGregor (see next section).
4.1.2 Canadian Fire Testing and Research
Carleton University performed a series of comprehensive
experimental tests on the fire behaviour of CLT panels,
specifically to study the contribution of unprotected CLT
panels to room fire. McGregor 11 , Medina 12 and Li 13
provide details. The tests were performed on full scale
bedrooms constructed with three-ply CLT panels of
around 100mm thick. Propane and realistic furniture sets
were adopted as fuel source. Aiming to study the impact
of CLT panel exposure inside the room, some rooms were
fully protected with plasterboard, partially protected
leaving two or three walls exposed, or fully unprotected.
Parameters studied included room heat release rate, fire
temperature, wall interior temperature, charring rates,
room fire self-extinguishment as well as the way exposed
timber contributes to fire.
In summarising and comparing the research, of relevance
to the engineering community is the difference between
the results of Medina, where one wall of CLT is exposed
only, which resulted in little if any influence on the
resultant fire, compared with McGregor’s results where
all walls were exposed and the peak HRR increased by
about 160% (total heat release including energy release
outside the compartment). Also of relevance is that all the
fire testing reported has shown that the peak compartment
temperatures are not significantly impacted by the
exposed timber.
4.1.3 Summary of Findings from Fire Testing
McGregor, Medina and Li’s findings from the fire tests in
Carleton University suggest that room temperature is not
critically affected by amount of interiorly exposed CLT

panel faces, though room temperature is treated as an
important parameter from the perspective of fire
engineering. Most enclosure fires are ventilation
controlled, which means that fire is limited by size of
room openings and available air into the room. The
additional involvement of CLT structure itself doesn’t
result in a hotter smoke layer when combustible contents
inside the room are still the major fuel source, but after
the contents have been consumed, the CLT panels may
continue to burn and sustain a high room temperature.
The study at Carleton University revealed that exposed
timber inside a room substantially added fire load to the
initial room combustible contents. For the fire in the fully
unprotected CLT room, McGregor’s analysis indicates
that the involvement of CLT panels contributed around
63% of total heat release during the full course of fire (60
minutes from ignition in fully unprotected CLT room with
furniture fire). Excessive fire load may not significantly
affect the heat emission inside the room because
practically, that is limited by oxygen entering the room.
Therefore the room fire may threaten the structural
components to a similar extent to that of a noncombustible room with identical fuel contents. However,
if the room fire is not suppressed, or decays, the exposed
timber structure would continue to char and to release heat
and prolong the room fire, which may be harmful to the
structure and compartmentation.
A study of Medina and Crielaard’s work shows that the
resultant fire from having two walls exposed, with
different layouts, does impact the peak HRR. Also,
Crielaard and Li both showed that significant heat is
released by burning outside the compartment. Results
show that fire in the fully unprotected CLT room
produced 75% of total heat release externally during the
fully developed period. This indicates that the heat
impacting on the external building surfaces may need to
be analyzed when exposed timber is utilized inside the
room.
Fire tests in partially protected CLT rooms by Medina
demonstrated different levels of CLT contribution to the
room fire. Two CLT rooms were tested with two CLT
unprotected walls facing and adjacent to each other,
respectively, and the third room with only one wall
unprotected. The one with two facing walls showed more
total heat release than the one with two adjacent walls, and
the one with only wall exposed showed the least.
4.1.4 Impact of CLT Delamination
The limited fire testing to date has shown that the impact
of exposed timber surfaces re-radiating influences the
fully developed fire. The work of McGregor and Crielaard
show that exposed CLT, in addition to increasing the peak
HRR, can also significantly increase the fire load and total
energy released in a compartment, as well as extent the
duration of the fire. This prolongation can then lead to
failure of the CLT at the adhesive line which can in some
cases cause areas of non-charred timber to be exposed.
The total energy released and the duration of the fire
increase even further when delamination occurs, due to
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the fall-off of unburnt wood and the exposure of unburnt
wood.
CLT panel delamination was found to occur 40 to 60
minutes from ignition in the testing by Medina, McGregor
and Crielaard. The delamination of CLT walls directly
caused a later increase in fire HRR and was labelled as a
“second flashover”, with the increase in HRR due only to
the delaminated CLT as all the room fuel contents had
been consumed. Charring rates reached as high as 1
mm/min when new CLT ply was exposed after
delamination. When this uncharred timber becomes
exposed, if temperatures in the compartment are
sufficiently high, this causes combustible gases to be
rapidly released and ignited, causing a second peak in
HRR, after the contents have been consumed by the fire.
The delamination of CLT, where non-charred timber
becomes exposed in a non-linear fashion is an area where
the testing has shown a research problem requiring further
analysis and testing.
The difference between walls and ceilings has also not
been readily explored. The influence of delamination and
the performance of the adhesive on the burning behaviour
of CLT in a horizontal configuration with standard fire
exposure from below has been investigated by Frangi14.
The polyurethane based adhesives investigated by Frangi
were found prone to delamination and fall-off in this
configuration. Delamination and fall-off were fairly
predictable: when the 300o C isotherm reached the
adhesive, it lost bonding, and due to the influence of
gravity, fell to the ground.
CLT fire tested in vertical configurations by McGregor
and Crielaard was found to be prone to delamination as
well, although slightly less predictable. This is expected
because the delaminated pieces of char were supported by
other charred elements and uncharred material, delaying
fall-off.
Solutions to limit the on-set of early delamination include
thicker outer plys for the CLT and improved gluing
methods. Unresolved issues also include the impact of
airflow into the compartment impacting the exposed
timber heat release rate, as indicated by Crielaard.

5 APPLICATION OF TEST RESULTS
5.1 HOW MANY TIMBER SURFACES CAN BE
EXPOSED?
From the fire testing reviewed in this paper, it appears that
when there is more than one surface exposed, there will
be a significant impact on the HRR. Canadian tests from
Medina showed that one wall can be exposed without
significant impact on the compartment fire. The test on a
single wall showed that where the CLT exposed is 29% or
less of the total wall surface area, the HRR was not
influenced. Crielaard also showed that two or more
surfaces exposed has a significant impact on the HRR.

Medina concluded from his three tests and also from
McGregor’s tests that self-sustaining combustion happens
when two CLT walls were unprotected. This cannot be a
conclusive recommendation for exposed timber
construction, as there is currently only a very small data
set. It would be very beneficial for a second or third test
of this form to be carried out, to verify this result.
5.2 DOES EXPOSURE OF A VERTICAL OR
HORIZONTAL SURFACE MATTER?
Among all the tests conducted at Carleton University,
where the room ceiling was lined with two layers of
plasterboard, temperatures measured at the joint of the
plasterboard and the CLT panel were always higher at the
ceiling joint than at the wall-plasterboard joints. In
addition, in the fully unprotected CLT room test, charring
rate at ceiling was much higher than on walls. These
findings indicate that an exposed timber ceiling is more
vulnerable than walls. This is due to the direct
impingement of the fire plume and the variance in
compartment temperatures that an exposed wall
experiences, where the top of the wall will be much hotter
than the base.
5.3 TIMBER SELF-EXTINGUISHMENT
Self-extinguishment is currently not considered as part of
the fire safety analysis buildings, regardless of
construction material, but is identified as an issue for
exposed structural timber. Self-extinguishment occurs if
all combustible contents in the compartment have been
consumed and the timber structure is still able to maintain
its load-carrying capacity. If extinguishment is defined as
the absence of the combustion reaction, an indication in
tests of self-extinguishment can be a zero, or near zero,
heat release rate or mass loss rate. Furthermore, if
temperatures in the timber are below 200°C, the timber is
no longer decomposing into gaseous fuel vapours, or
volatiles, indicating this could be an alternative indication
of self-extinguishment. Practical self-extinguishment
might be achieved at an earlier stage, for example when
there is no longer any flaming combustion of the CLT and
smouldering has decreased in intensity, such that firefighting operations can occur.
Crielaard explicitly investigated self-extinguishment of
CLT and suggested self-extinguishment of CLT follows a
number of phases. Under the influence of an initial fire
due to the burning of room contents, the exposed CLT
becomes involved in flaming combustion. Once the room
contents have been largely consumed and the initial fire
decays, the CLT contribution is expected to decrease as
well, transforming from flaming to smouldering
combustion. Finally, there will be a transition from
smouldering to self-extinguishment.
This final transition of smouldering CLT to selfextinguishment occurs when the externally applied flux is
below 5 to 6 kW/m2. Furthermore, additional airflow over
the CLT surface influences the transformation from
smouldering to self-extinguishment. At a heat flux of 6
kW/m2, an airflow with a speed of 0.5 m/s resulted in self-
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extinguishment, while an airflow with a speed of 1.0 m/s
resulted in sustained smouldering.

Q max,CLT = m w ∆hc

The prevention of delamination and fall-off is another
important condition. Delamination and fall-off can sustain
flaming combustion or transform smouldering back to
flaming combustion, and prevents the CLT from selfextinguishing. Delamination may be prevented by an
increased thickness of the top lamella. As a result, the
charring front does not reach the adhesive, which would
result in the pre-mature loss of bonding.

Where:

McGregor in his thesis Appendix A.3 described a method
to assess the criteria for self-sustaining combustion. He
assumed that self-sustaining combustion occurs when
heat production from exposed timber panels is not less
than the heat loss (radiation, convection) from room
openings. McGregor utilised existing formula to calculate
the heat production from charring timber panels and heat
losses, to develop a correlation.
5.3.1 McGregor’s Model on the Prediction of SelfSustaining Burning
McGregor’s thesis described a method to assess the
criteria for self-sustaining combustion. McGregor
assumed that self-sustaining combustion occurs when
heat production from exposed timber panels is not less
than the heat loss (radiation, convection) from room
openings. Using the few existing formulae, a method to
calculate the heat production from charring timber panels
and heat losses was developed. The energy balance in a
room fire with unprotected heavy timber panels can be
described by the equation below:

Q Room = Q C − Q L
Where:

Q C = HRR occurring in room
Q L = Losses from room

In the above equation, HRR occurring in room is
calculated by analysis of air flow into the room through
the door, where room and ambient temperatures should be
used 15 . The maximum room fire temperature can be
calculated by many methods available.
The mass flow rate from the timber structure in fire is
obtained by assuming that all products are released at the
estimated charring rate:
m w =

As β est ρ
g .s −1
1000x60

Where:

β est =estimated charring rate = 0.8 mm.min −1
As = the exposure area of timber structure.
The maximum possible contribution from CLT panels can
be calculated by:

∆hc = ∆H c − Lv = 16.36 kJ .g −1
Lv = 2.64 kJ .g −1 = Heat of gasification for Douglas Fir

The losses in the room are then estimated to determine the
overall energy balance:

Q L = q L + qW + q R + q B
Where:
q L = convective heat losses ( MW )
qW = internal conductive losses ( MW )
q R = radiative losses ( MW )
q B = energy storage losses ( MW )

The four terms in the above equation can be calculated
using certain empirical or semi-empirical formulas.
McGregor found through his calculations that the energy
balance was above zero at the lower temperature of
800°C, and timber panels may sustain the fire in the room.
He also noted that assuming a constant charring rate and
100% combustion efficiency for CLT panels may not be
realistic as charring rates would be reduced as charring
layer builds up. He finally concluded that CLT panels
would be unlikely to sustain combustion without another
fuel source in the room.
5.4 A Pyrolysis Model Incorporated in a Two-Zone
Model
In another study at Carleton University16, a method was
developed to simulate a realistic room fire curve to
consider the contribution of timber structural components.
The heat release rate of room fire is estimated using the
equation below:
= min(
Where:

,

+

)

= fire heat release rate
= HRR determined by the available oxygen
H = heat of combustion of the room contents
Hs = heat of combustion of the structure
= mass pyrolysing rate of the room contents
= mass pyrolysing rate of the structure

The above equation shows that if the timber structure
contributes to the fire, it will become part of the fuel
contents in the room. The instant heat release rate is
determined by either the fire being ventilation controlled
or fuel controlled.
The mass paralysing rate of the combustibles in the
structure is assumed to be a slow t2 fire with a maximum
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value determined by the surface area of the combustible
elements of the structure:
= min

−

,

/

Where:

research of Hadvig 18 and confirmed by Olesen and
Hansen19, Olesen and König20 , and König and Walleij21.
The formulas from the original research were used in
creating design method, but the Eurocode approach can
be adopted as well, but will result in more conservative
thicknesses. The approach of step 1 is depicted in the
figure 3 below.

as = the slow fire intensity coefficient,
c = charring rate,
= density,
As =surface area of the timber in the structure of
the room.
The value of c is taken as 0.8 mm/min and 0.65 mm/min
for wood studs and cross laminated timber, respectively.
The slightly larger value for wood studs is due to the
multi-side charring. The above method is incorporated
into a two-zone room fire model and validated against
four full-scale room fire tests. The model results showed
good agreement with the test results of the heat release
rates.

6 DEVELOPMENT OF AN
ENGINEERING METHODOLOGY
6.1 Approximations by Hand-Calculations
A suggested methodology was presented by Crielaard in
his thesis for a simple method to design for selfextinguishment, for compartments with two surfaces of
timber are exposed. More testing, including a larger
number of parameters and on a larger scale would be
required to verify this methodology.
6.1.1 Step 1 - Critical Lamella Thickness
The first step is to ensure the burning CLT can transform
from flaming to smouldering combustion after the initial
fire due to burning of compartment contents has decayed.
Delamination can interfere in this transition and the
approach is to ensure the CLT does not delaminate by
applying a “critical lamella thickness” to the outer layer,
such that the charring front does not reach the adhesive. It
could be possible to achieve self-extinguishment in the
second or third layer, after delamination of the first.
However, this is a more difficult scenario to assess.
Delamination is difficult to predict and how the fire reacts
to the delamination is not fully determined as yet.
Preventing delamination is a more reliable methodology.
To determine the critical lamella thickness, a total
charring depth is calculated. This requires adopting a
design fire with a decay phase, because a finite charring
depth needs to be obtained. Furthermore, this design fire
needs to take into account the contribution of the CLT to
the fire. The standard fire does not meet these
requirements and alternatively, the parametric natural fire
can be used. This design fire, as described in Eurocode
1995-1-2 17 , decays and is dependent on the fire load,
ventilation conditions, and boundary conditions of the
compartment. Guidance is available for the calculation of
the charring behaviour of timber exposed to a parametric
fire in Eurocode 1995-1-2 annex A. It is based on the

Figure 3: Determination of lamella thickness based on the
parametric charring behaviour.

The parametric fire takes into account the opening factor
in the compartment:
=
Where:

ℎ

∙ ℎ

(m1/2)

= total area of all openings in vertical
boundaries (m2)
= total area of floors, walls, and
ceilings, including the openings (m2)
= weighted average of heights of all
vertical openings (m)

The parametric fire also takes into account the total fuel
load in the compartment, which should include the CLT
contribution in addition to the “initial” fuel of the
compartment contents. For the initial fuel load of the room
contents, Eurocode 1991-1-2 Appendix E offers values
for various uses and classifications.
The CLT fuel load would depend on the development and
duration of the initial fire as well as the CLT contribution
itself. For a high fuel load of the initial fire, the
contribution of the CLT should also be assumed high.
Values in the range of 80 - 400 MJ/m2 of the CLT surface
seem reasonable. These values are based on the
experiment performed by Crielaard and assume charring
depths of 15 to 60 mm, an effective heat of combustion of
14.2 MJ/kg, and a density of 450 kg/m3 of the CLT.
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Based on the opening factor and fuel load, the parametric
charring rate is calculated. If the Eurocode approach is
used, the charring rate will also depend on the boundaries
of the compartment.
=
Where:

∙

(mm/min)

= parametric charring rate (mm/min)
= parametric char factor (-)
= notional charring rate (mm/min)

The char factor depends on the opening factor and is given
in the equation below. If the Eurocode approach is
adopted, this formula changes to incorporate the effect of
the boundaries
= 1.5 ∙ (5 ∙

− 0.04)/(4 ∙

+ 0.08)

Due to the decay phase of the parametric fire, the charring
rate is assumed to slow down after an initial period t0 and
linearly decrease to zero over a period of 2to, as depicted
in the figure below.

= final charring depth (mm)
Based on the charring depth, the total amount of burned
CLT in weight (kg) can be estimated. This can be
multiplied with the effective heat of combustion and
checked against the assumption of CLT contribution to
the fuel load. After a couple of iterations, a final charring
depth is achieved.
The lamella thickness of the first layer of CLT should be
larger than the calculated charring depth, in order to
prevent delamination. Subsequently, a residual crosssection can be calculated to check if the CLT is able to
carry the loads in the fire situation.
The use of the parametric fire is restricted by Eurocode to
relative small compartments of  500 m2 and  4 m in
height. Expansion of this model for larger compartment
use is recommended. Alternatively, another model might
be developed for fires in larger compartments.
6.1.2 Step 2 - Check Configuration for SelfExtinguishment
The second step is to ensure the now smouldering CLT is
able to make the transition to self-extinguishment,
depending on the conditions of heat flux and airflow.
Assuming delamination is prevented and the CLT reaches
a smouldering phase, the second step in the assessment
method is to ensure the smouldering CLT can make the
final transition to self-extinguishment. To make the
transition to self-extinguishment, the heat flux and airflow
conditions must be checked during smouldering.

Figure 4: The relationship between parametric charring rate
and time. From Eurocode 1995-1-2.

The initial char time t0 is dependent on the fire load
density and is obtained from the equation below. If the
Eurocode approach is adopted, the factor 0.006 changes
to 0.009.
= 0.006 ∙
Where:

O
;

;

= opening factor
= initial char time (min)
= design fire load density related to the
total area of floor, walls and ceilings
which encloses the compartment
(MJ/m2)

Because the charring rate decreases to zero, a finite
charring depth can be determined with the equation
below.
=2∙
Where:

∙

The airflow has been found to have an influence on the
smouldering of the CLT and the potential to selfextinguish. However the investigation of the air flow was
limited to two air speeds at a 6 kW/m2 exposure. An
additional air flow of 0.5 m/s resulted in quick selfextinguishment, while an additional air flow of 1.0 m/s
resulted in a quick burn-through. These results need
further investigation and more tests with full size
compartments are needed. For now, the condition of air
flow is not taken into account in this assessment method.
Based on the geometry and orientation of the
compartment, the heat flux on the CLT during
smouldering can be calculated. This flux will
predominantly be cross-radiation between the
smouldering CLT and other hot surfaces. The energy
emitted to a receiver can be calculated within the equation
below.
=
Where:

∙ ∙

∙

= energy emitted (kW/m2)
= configuration factor
= emissivity
= Stefan-Boltzmann constant
= temperature (K)
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The energy emitted by the smouldering CLT can be based
on the estimation of the CLT surface temperature of
400°C (as found in experiment series 1 by Crielaard). The
emissivity of char can be taken as 0.8, as suggested by
Eurocode 1995-1-2 for timber surfaces.
The configuration factor takes into account the
geometrical relationship between the emitter and the
receiver. It is important to consider the CLT with the most
unfavourable configuration with regards to other hot
objects and smouldering surfaces. Drysdale 22 and
Eurocode 1991-1-2 Appendix G provide calculation
methods for the configuration factor, and refer to values
for common shapes and geometries in literature. Other hot
objects and surfaces have to be taken into account in a
similar way.
By adding up the energy emitted by various sources, the
radiative heat flux on the CLT with the most unfavourable
configuration can be calculated and compared to the
threshold flux. This flux was found to be 5 to 6 kW/m2. A
conservative approach would be to ensure the resulting
heat flux on the CLT is limited to  5 kW/m2.

7 WHAT FURTHER RESEARCH IS
NEEDED?
From the above review it is evident that more fire testing
is needed on compartments where surfaces are partly
exposed. This includes one wall exposed, two walls
exposed and in combination with a ceiling exposed. The
methodologies in development at present are reliant on
too few fire tests. As can be seen from Crielaard’s
research, small scale testing can also provide very
effective results. This should be taken into account, given
the high cost in carrying out full-scale fire tests on
compartments.
Also requiring further research is the influence of an
exposed timber surface, such as the underside of an
exposed CLT floor, on the supporting and adjacent beams
and columns. The burning CLT, with a high heat flux may
alter that assumed char rate of the supporting beams and
1

http://www.waughthistleton.com/project/murray-grove/
https://www.woodsolutions.com.au/Inspiration-CaseStudy/forte-living
3
http://www.naturallywood.com/emerging-trends/tallwood-buildings/ubc-brock-commons
4
http://www.treehugger.com/green-architecture/13story-timber-tower-be-built-quebec-city-will-be-tallestnorth-america.html
5
Barber, D., Gerard, R., 2015 “Summary of the Fire
Protection Foundation Report - Fire Safety Challenges of
Tall Wood Buildings” Fire Science Reviews, 4:5, DOI
10.1186/s40038-015-0009-3
6
National Research Council, Canada, 2010 “National
Building Code of Canada”
7
Frangi, A., and Fontana, M., 2005, “Fire Performance of
Timber Structures Under Natural Fire Conditions” 279290. DOI:10.3801/IAFSS.FSS.8-279

2

columns, such that these supporting members prematurely
fail. This localised influence needs to be understood.
Self-extinguishment requires further research, to
understand the conditions that will lead to the transition
through smouldering to extinguishment. The factors that
alter self-extinguishment are evident, but not fully
defined. The influence of airflow on self-extinguishment
is also an area where further work is required, given the
small scale testing from Crielaard has shown that an
increasing airflow will prevent the smouldering phase
moving into self-extinguishment. Combinations of heat
flux, panel orientation and airflow need to be investigated.

8 CONCLUSIONS
There is limited research on the impact of exposed timber
within a building on the heat release rate, fire duration,
overall energy release and potential to survive burnout.
The current approach to addressing exposed timber in a
compartment is based on limited correlations that
conservatively assess the overall fire load within a room,
based on a small area of exposed timber. The
methodology is robust, but highly conservative.
To allow buildings to be constructed taller with more
exposed timber, requires an engineering approach to the
problem based on research and testing. The review of
research has shown that the exposure of CLT within a
compartment can be advanced further. Predicting the
impact of two or more exposed timber faces within a
compartment requires a methodology that is conservative,
but accurate. The problem still needs better definition and
also requires a consistent quantified derivation of fire
extinguishment. Defining self-extinguishment is also a
task to be completed.
For engineering application, it is evident that more
exposed timber fire testing is required, especially with the
ceiling exposed.
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THE KEY MODES OF FIRE SPREAD IN WOOD FRAMED APARTMENT
BUILDINGS – A CANADIAN PERSPECTIVE
K ith Cald r1, P t r S n

2

ABSTRACT: Recent changes to the National Building Code of Canada to allow taller buildings wood-framed buildings
have heightened concern for fire safety stemming from past large loss fires. These fires have resulted in substantial
building damage and have been a significant challenge to the responding fire service to control. Knowledge of the factors
leading to the spread of fire in wood-framed buildings is fundamental to developing regulatory requirements that permit
increased height without increased risk of life loss and property damage as a result of fire spread.
This paper identifies key modes of fire spread in wood-framed residential apartment buildings based on a review of fire
loss data collected from almost one hundred forensic investigations, and provides a risk framework to quantify spread
mechanisms. The risk framework is then utilized to identify mitigation measures to strategically reduce the risk of fire
spread.
KEYWORDS: Fire, Risk, Building Codes, Combustible Construction

1 INTRODUCTION
The intent of this study is to establish an evidence-based
approach to identify the fire risk associated with multifamily residential wood-framed structures through an
analysis of fire loss statistics, and facilitate changes to the
National Building Code of Canada to support increased
building height through the development of risk-informed
mitigation strategies.
Recent changes to the 2015 National Building Code of
Canada (2015 NBCC) [1] have permitted increased height
for buildings of combustible construction, which are
typically of wood-frame type.
The proposed increase in building height brought about
concern relative to fires that had occurred over the
previous decade in wood-frame structures in Canada.
Media reports of fire growth and spread in these structures
was anecdotal and alarmist, with little analysis to identify
the modes of fire development and spread leading to
significant fires.
A study of data obtained from in-house fire investigations
was undertaken to establish the fire risk associated with
wood-frame residential structures and identify trends in
fire development. Three key locations of fire development
were identified: compartment, concealed space and
exterior. The degree of fire spread was quantified for each
fire development location in the context of the NBCC, and
key fire spread mechanisms identified.
1
2

In order to reduce the fire risk associated with these types
of structures, and facilitate increased building height,
mitigation measures were developed to address
mechanisms resulting in fire spread beyond that intended
by the objectives of the NBCC, and the impact of these
measures were quantified relative to the base case with no
mitigation measures.

2 REGULATORY CONTEXT
The previous version of the NBCC (2010) [2] permitted
residential buildings of wood-frame construction to be up
to four storeys in building height if sprinklered and up to
three storeys in building height if unsprinklered.
The current version of the NBCC (2015) allows
residential buildings of wood-frame construction to be up
to six storeys in building height if sprinklered, but with a
lesser building area than the legacy four storey buildings.

3 APPROACH TO RISK ASSESSMENT
The proposed increase in height of wood-framed
buildings prompted concern relative to significant fire
losses over the previous decade highlighted in media
reports. These reports were primarily anecdotal with
limited supporting empirical data, resulting in heightened
perception of risk associated with these types of
structures.

Keith Calder, Jensen Hughes Consulting Canada Ltd., kcalder@jensenhughes.com
Peter Senez, Jensen Hughes Consulting Canada Ltd., psenez@jensenhughes.com
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The concern regarding these fires highlighted the need to
analyze the fire risk in the context of the objectives of the
NBCC, and implement measures to reduce this risk to an
acceptable level for the proposed increase in building
height.
An analysis of fire losses was conducted to establish the
fire risk associated with wood-framed buildings under the
assumption that the performance would be a reasonable
baseline of the performance of taller wood-framed
buildings. However, the existing fire loss statistics were
not structured in a manner that correlates with the
objectives of the NBCC. The challenges associated with
utilizing existing fire loss statistics with respect to the
NBCC objectives are detailed in a paper by Senez et al
[3], and an alternate framework is proposed.
This framework is utilized in this study as a means to
correlate fire risk with the objectives of the NBCC as a
function of fire loss statistics. The fire loss statistics are
translated to establish the probability of fire spread and
key mechanisms contributing to the spread of fire beyond
the level intended by the application of the NBCC
requirements.

4 DATA COLLECTION
Data was collected from 98 fire investigations conducted
in 2 to 3 storey wood-frame, multi-family, residential
apartment buildings over a 10-year period. The buildings
were constructed between 1912 and 2008 and ranged in
building area from 150 to 5,000 m2.
Examination of the data indicated 3 distinct fire
development locations associated with wood-framed
structures:





Com artm nt: An occupied compartment
bounded by a fire-rated drywall clad assembly.
Con al d s a : Unoccupied wall, floor,
roof/attic space with exposed framing and
containing services such as plumbing, wiring,
ducts, etc.
E t rior: Adjacent to, or on the exterior of a
building (i.e., balcony).

The level of fire damage for each incident was quantified
based on an indexing system that considers the extent of
fire damage as a function of the location of fire
development (i.e., compartment, concealed space or
exterior) [3]. The degree of fire damage ranged from
localized burning to full building involvement and
destruction.
Since the index values represent extent of fire damage,
they can be correlated with stages of fire development and
correspondingly, the stages of fire containment intended
by the NBCC requirements. The stages of containment for
each of the 3 fire development locations are summarized
in Tables 1 to 3 based on the damage index data [3], with
the corresponding numbers of fires contained at each
stage.

Table 1: Compartment Fire Containment

Stage of Fire Development
or Containment
First Item Ignited
Room of origin
Suite of origin
Floor of origin
Large Area of the Building
Total

Number of Fires
Contained at Each
Stage
1
31
18
8
0
54

Table 2: Concealed Space Fire Containment

Stage of Fire Development
or Containment
First Item Ignited
Concealed Space of origin
Large Area of the Building
Total

Number of Fires
Contained at Each
Stage
0
8
9
17

Table 3: Exterior Fire Containment

Stage of Fire Development
or Containment
Balcony of origin
Balcony above or below
Large Area of the Building
Total

Number of Fires
Contained at Each
Stage
0
2
25
27

ANALYSIS OF THE DATA
.1 PROBABILITIES
The data summarized in Tables 1 to 3 can be used to
establish probabilities of fire spread for each of the fire
development locations as a function of the stage of fire
development or containment intended by the NBCC. The
probabilities of fire spread are summarized in Tables 4 to
6 below.
Table 4: Compartment Fire Containment

Stage of Fire Development
or Containment
First Item Ignited
Room of origin
Suite of origin
Floor of origin
Large Area of the Building
Total

Probability that Fire
Will be Contained at
Each Stage
0.02
0.57
0.33
0.15
0.00
1.00

Table 7 summarizes the probability of fire development
as a function of fire development location (e.g.,
compartment, concealed space or building exterior).

WCTE 2016 e-book | 3948

Table 5: Concealed Space Fire Containment

Stage of Fire Development
or Containment

Probability that Fire
Will be Contained at
Each Stage
0.00
0.47
0.53
1.00

First Item Ignited
Concealed Space of origin
Large Area of the Building
Total
Table 6: Exterior Fire Containment

Stage of Fire Development
or Containment
Balcony of origin
Balcony above or below
Large Area of the Building
Total

Probability that Fire
Will be Contained at
Each Stage
0.00
0.07
0.93
1.00

The events representing the failure of features to perform
as intended are represented by variables with an overbar,
whereas the successful outcome is represented by the
same variable without an overbar. For example, L3
represents the event that “Fire is not contained to the suite
of origin”, whereas L3 represents the event that “Fire is
contained to the suite of origin”.
Each event is either connected to a subsequent event, or
terminates as a function of successful performance. In this
case, the intent is to represent the performance of designs
with respect to the objectives of the NBCC as a sequence
of events from Established Burning (EB) to Significant
Building Damage (L).
The network diagrams representing the likelihood of fire
spread for fires initiating in a concealed space and exterior
are illustrated in Figure 2 and Figure 3 respectively.
0

Table 7: Fire Development Locations

Fire Development Location
Compartment
Concealed Space
Exterior
Total

Probability Fire
Develops
0.55
0.17
0.28
1.00

.2 RISK FRAMEWORK
In order to quantify the impact of fire spread as a function
of the NBCC requirements for containment, the
probabilities are presented in terms of network diagrams
[4]. Network diagrams provide a framework to relate the
probability of an event to the performance of designs in
the context of the NBCC requirements. The network
diagram framework also allows for an examination of the
impact on performance with changes to designs.

1

2
Fire is not
contained to
item of
origin (L1 )

Fire is
contained to
item of
origin (L1 )

3

4
Fire is not
contained to
room of
origin (L2 )

Fire is
contained to
room of
origin (L2 )

5

The network diagram is arranged to represent a sequence
of events, fire spread in this case, where each event is
defined in terms of performance (e.g., NBCC objectives).
The events are in a binary format to represent all possible
outcomes.
The network diagram representing the likelihood of fire
spread for a fire initiating in a compartment is illustrated
in Figure 1. This approach assumes that Established
Burning (EB) has occurred and is the initiating event.
Each stage of fire development or containment is
identified by binary pairs of circles representing the
success or failure of design features to perform as
intended. For example, the event “Fire is not contained to
the suite of origin” assumes that fire has developed and
failure of a barrier has occurred to permit fire to spread
beyond the suite of origin. Specific modes of failure have
not been identified in the diagram, and will be discussed
later in this paper.

Established
Burning
(EB)

6
Fire is not
contained to
suite of
origin (L3 )

Fire is
contained to
suite of
origin (L3 )

Fire is not
contained to
floor of
origin (L4 )

Fire is
contained to
floor of
origin (L4 )

7

9

8

Significant
Building
Damage (L)

Partial
Building
Damage (L)

Figure 1: Compartment ire e elopment net ork iagram
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cases, these targets are not e ine
y the accepta le solutions
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Burning
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1
Fire is
contained to
component of
origin (L1 )

Fire is not
contained to
concealed
space of origin
(L2 )

Fire is
contained to
concealed
space of origin
(L2 )

3

5

n this sense, it is the accepta le solutions that
e ine the oun aries et een accepta le risks
and the “unacceptable” risks referred to in the
statements of the Code’s objectives, i.e. the risk
remaining once the applica le accepta le
solutions … have been implemented represents
the resi ual le el o risk eeme to e accepta le
y the roa ase o Cana ians ho ha e taken
part in the consensus process use to e elop the
Co e

2
Fire is not
contained to
component of
origin (L1 )

4

However, the Intent statement attributed to the
construction requirements (i.e., building size limits) of the
NBCC provide a degree of clarity relative to performance.
The Intent of these requirements are intended to limit:

Significant
Building
Damage (L)

Partial
Building
Damage (L)

6

Figure 2: Conceale space ire e elopment net ork iagram
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Fire is not
contained to
item of
origin (L1 )

Fire is
contained to
item of
origin (L1 )

3

5

Therefore, application of the building construction
requirements in the NBCC are intended to limit fire from
spreading within and between storeys.
The fire development network diagrams illustrated in
Figures 1 to 3 are structured to examine the likelihood for
fire spread within a storey and from storey to storey.

4
Fire is not
contained to
balcony of
origin (L2 )

Significant
Building
Damage (L)

Figure 3:

the pro a ility that com usti le construction
materials ithin a storey o a uil ing ill e
in ol e in a ire, hich coul lea to the gro th
o ire, hich coul lea to the sprea o ire
ithin the storey uring the time re uire to
achie e occupant sa ety an
or emergency
respon ers to per orm their uties
the pro a ility that loor assem lies e pose to
ire ill prematurely ail or collapse, hich coul
lea to the sprea o ire rom a lo er storey o a
uil ing to an upper storey or to the e terior o
the uil ing uring the time re uire to achie e
occupant sa ety an or emergency respon ers to
per orm their uties

Established
Burning
(EB)

1

ery precisely

Fire is
contained to
balcony of
origin (L2 )

Partial
Building
Damage (L)

6

Using the fire development network diagrams and
probabilities summarized in Tables 4 to 6, the probability
that fire will spread or be contained are illustrated in the
fire development network diagrams in Figures 4 to 6. The
results probabilities indicate the following:


terior ire e elopment net ork iagram

.3 PROBABILITY OF PERFORMANCE
The levels of performance intended by the application of
the requirements (acceptable solutions) in the NBCC are
not explicitly stated. The NBCC notes that [1]:
the accepta le solutions
esta lish the
uantitati e per ormance targets … In many



The probability that a compartment fire will
spread to involve more than one storey is zero.
This value is quite low, and it is anticipated that
there is at least a miniscule to small probability
of fire spread to involve more than one storey of
a building. This would likely be supported by a
larger number of data points.
The probability that a compartment fire will be
contained to the room of origin is 0.55 and suite
of origin is 0.86. Note that the NBCC requires
that each suite of residential occupancy be fire
separated from adjacent suites or corridor by a
fire-rated separation, but don’t necessarily
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require that a room be separated. Based on this
result, fire-rated compartments are performing as
intended by the NBCC.
The probability that a concealed space fire will
spread to an adjacent concealed space is 0.56.
The NBCC requires separation between adjacent
concealed spaces and the relatively high
probability is an indicator of a problem at the
interface between concealed spaces.
The probability of significant building damage is
highest where the fire originates at the building
exterior.
Using the probabilities of fire development in
Table 7 and the probabilities of significant
building damage in Figures 4 to 6, the overall
probability of significant building damage is
0.35 and the probability of fire containment
consistent with the NBCC is 0.65.
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0.00

0.93
L2

L1

L1
0.46

0.02

L2
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0.31

0.53
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0.31
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0.69
L3
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0.00
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L4
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0.14

1.00

0.00

Figure 4: Compartment ire e elopment net ork iagram
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The probability that a fire initiating at the
exterior of a building (balcony) and spreading to
involve the levels and attic above (significant
building damage) is 0.93. This probability is
very high and consistent with the lack of
measures in the NBCC to limit fire spread from
exterior fires.



The results indicate that the performance of firerated compartments is consistent with the
performance intended by the NBCC, but that
fires initiating in concealed spaces and at the
building exterior have a greater likelihood of
spreading to significantly damage the building,
and beyond that intended by the NBCC.

The proposed fire development network diagram
framework and results summarized above can be used as
a basis to examine the impact of design measures to
mitigate the probability of fire spread. However, an
understanding of key fire spread mechanisms is required
in order to identify appropriate mitigation measures.

MODES OF FIRE SPREAD

L

L

L2

0.07

0.02

0.54

0.00

0.93

Cumulative
Values

0.02

0.00

0.07

EB
0.98

L1

L1

L

Figure 5: Conceale space ire e elopment net ork iagram

The following sections of this paper summarize key fire
spread mechanisms from compartments, concealed spaces
and the building exterior. These are supported through
observations from fire losses, providing examples of key
mechanisms.
An understanding of the key fire spread mechanisms
facilitates the development of mitigation measures to limit
fire spread. These measures are also summarized in the
following sections of this paper.
.1 COMPARTMENT FIRES
Figure 7 shows the living room of an apartment unit
(suite) located on the third floor of a three storey building.
The fire originated on the couch as a result of a failure of
a laptop computer and spread to the roof space above the
unit through the skylights. The exterior damage is shown
in Figure 8. The fire damage was limited to the unit of
origin and roof above the unit of origin.
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No single specific spread mechanism was identified
relative to the majority of fires that had spread beyond the
compartment of origin. Therefore, the development of
mitigation measures to limit any one of the identified
spread mechanisms would have limited impact on
reducing the probability of fire spread from
compartments.
However, the provision of sprinklers is expected to
suppress fire development and reduce the probability of
fire spread by way of all of the identified mechanisms.
.2 CONCEALED SPACE FIRES
Figure 9 shows the ceiling space above the washroom of
an apartment unit located on the first floor of a three storey
building.
The fire originated in a wall of the washroom as a result
of ignition of paper-backed insulation by a plumber’s
torch, and spread into the ceiling space above. The fire
spread into an adjacent corridor and storey above as a
result of unprotected service penetrations. These
penetrations are shown outlined in yellow in Figure 9. The
fire continued to spread to the roof and caused significant
damage to the entire building.

Figure 7: Compartment ire e ample

– interior

Figure 9: Conceale space ire e ample

Figure 8: Compartment ire e ample

- e terior

Key compartment fire causes included smoking, failure of
electrical equipment, appliance failure and arson. The
primary fuel load was combustible contents and interior
finish. The key modes of fire spread beyond the fire
compartment were by ignition of materials on exterior
balconies, exterior windows, open doors to the corridor,
and penetrations into adjacent concealed spaces.

Key concealed space fire causes included electrical
failures and ignition by worker’s torch. The primary fuel
load was combustible construction, paper-backed
insulation and electrical cables. The key mode of fire
spread beyond the concealed space of origin is due to
inadequate fire stopping/blocking and protection of
service penetrations. Where fire stopping/blocking was
present, the fire was typically contained to the concealed
space of origin.
The NBCC requires fire stopping/blocking of concealed
spaces and protection of service penetrations where walls
interface floor and ceiling assemblies, as well as at
required fire separations. Observations from fire losses
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indicates that a significant number of apartment buildings
constructed up to the 1980’s had inadequate or no fire
stopping/blocking. Apartment buildings constructed since
the 1980’s have a greater prevalence of fire
stopping/blocking with the more recently constructed
buildings being substantially in compliance with the
NBCC.
The improvement in compliance is a result of industry
education on the importance of fire stopping/blocking and
increasing enforcement.
Therefore, lack of fire stopping/blocking and protection
of service penetrations has been identified by industry as
a compliance issue, and as outlined above, there is
evidence that the methods developed to improve
compliance are working.
.3 EXTERIOR FIRES
Figure 10 shows the west exterior wall and roof of a three
storey apartment building. The fire originated on the
balcony of a unit on the first storey as a result of smoking
materials discarded in combustibles. The fire spread up
the exterior wall of the building, which was clad with
wood, and into the attic space. The fire spread throughout
the attic space, causing significant damage to the entire
building.

Mitigation measures to limit the key mode of fire spread
include balcony sprinklers, noncombustible exterior
cladding and attic sprinklers. Balcony sprinklers would
limit the probability of fire growth and spread;
noncombustible exterior cladding would limit the
probability of fire spread up the exterior wall; and attic
sprinklers would be expected to limit the spread of fire
into the attic space.

MITIGATION MEASURES AND RISK
REDUCTION

The mitigation measures, identified in S tion of this
paper, are incorporated into the fire development network
diagrams.
The purpose of incorporating the mitigation measures is
to provide a framework to examine the impact they have
on the probability of significant building damage, and
quantify each measure relative to the other measures or
groups of measures. This quantification facilitates riskinformed decision making with respect to the
implementation of the mitigation measures.
The compartment fire development network, shown in
Figure 1, has sprinklers (S) added after fire spread beyond
the first item and before spreading beyond the room of
origin. This is the point in fire development that sprinklers
would be most effective and most appropriate in terms of
the logic of the fire development network since fire spread
beyond the room of origin would likely result in the
operation of too many sprinkler heads and ineffective
suppression.
Fire stopping/blocking and protection of service
penetrations is integral to fire containment in the
concealed space of origin, and is already addressed by the
provision of the binary nodes representing that barrier.
Therefore, no additional nodes have been added to the
concealed space fire development network diagram,
shown in Figure 2. The existing nodes for that barrier
represent variations in the base probability as a function
of increased evidence of fire stopping/blocking and
protected service penetrations.

Figure 10:

terior ire o

e ample

Inadequate fire blocking in the attic space, which was
required to be separated in half by a fire block, resulted in
fire spread throughout one entire building component.
Inadequate fire stopping around service penetrations in a
firewall resulted in fire spread and significant damage to
an adjacent building component.
Key exterior fire causes included cigarettes placed in a
combustible substrate (e.g., peat moss planters, rubbish)
and worker’s torch. The key mode of fire spread beyond
the storey of origin was a result of combustible fuel loads
on balconies and combustible exterior cladding and no
fire barriers or means to limit fire growth. The result was
typically unimpeded spread of fire up the exterior wall and
into the attic/roof space of the building.

The exterior fire development network diagram, shown in
Figure 3, has balcony sprinklers (S1) added after fire
spread beyond the first item and before fire spread beyond
the balcony of origin. Attic sprinklers (S2) and
noncombustible exterior cladding (C) added after fire
spread beyond the balcony of origin and before significant
building damage. Each of these measures can be
examined in isolation or combination, shown in S tion
.3 of this paper.
.1 COMPARTMENT FIRE SPREAD
Sprinklers are reported to operate effectively in 87% of
“reported fires where sprinklers were present in the fire
area and fire was large enough to activate sprinklers” [5].
Incorporating this value in the compartment fire
development network diagram for sprinkler performance
produces the result shown in Figure 11.
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This result indicates that with improved fire
stopping/blocking and service penetration protection that
the probability of “significant building damage” is
reduced significantly.
.3 EXTERIOR FIRE SPREAD
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The result in terms of “significant building damage” is the
same as the scenario where no sprinklers are present, as
shown in Figure 4. This result is expected given the
existing scenario already limited “significant building
damage”. However, the scenario with and without
sprinklers are significantly different.
The scenario incorporating sprinklers results in a much
higher probability of fire containment in the room of
origin of 0.94 relative to the unsprinklered scenario, with
a corresponding probability of 0.55. The higher
probability associated with the sprinklered scenario would
be more meaningful had the intent of the NBCC been to
limit fire spread to the room or suite of origin.

As outlined in S tion .3 of this paper, exterior fire
spread could be mitigated by the addition of balcony
sprinklers, noncombustible exterior cladding and attic
sprinklers. These measures are examined in the context of
fire development network diagrams similar to those
presented in Figures 11 and 12.
There is limited information available regarding the
reliability of balcony sprinklers, noncombustible exterior
cladding and attic sprinklers with respect to exterior fire
exposure.
The probability associated with the performance of these
features has been estimated based on the following:


.2 CONCEALED SPACE FIRE SPREAD
There is limited information available regarding the
prevalence or reliability of fire stopping/blocking and
protection of service penetrations. However, given
evidence of increasingly compliant systems as outlined in
S tion .2 of this paper, it is reasonable to assume the
probability of containment of fire to the concealed space
of origin to be approximately 0.70.
The resulting probability of “significant building damage”
where the probability of containment to the concealed
space of origin is increased from 0.47 to 0.70 is shown in
the concealed space fire development network diagram in
Figure 11.



Balcony sprinklers are intended to respond to
fire development on a balcony, similar to
compartment sprinklers. However, their
location and configuration may limit their
activation due to the limited potential for
localized build-up of heat from the fire.
Therefore, a value of 0.50 is considered
reasonable relative to probability of
performance of the balcony sprinklers to limit
fire spread to the balcony of origin.
Provision of noncombustible exterior cladding
is expected to reduce the potential for fire spread
to the roof level. However, the extent to which
it would be reduced is challenging to predict.
Balcony fuel loads are not limited and may be
more than sufficient to facilitate the spread of
fire to roof level. However, observations from
fire investigations indicate that combustible
cladding is a significant contributor to exterior
fire spread. Therefore, a value of 0.50 is selected
as a reasonable probability representing the
potential for increased balcony fuel load and
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addressing the contributory nature of
combustible cladding.
Similar to balcony sprinklers, attic sprinklers are
expected to respond to fire exposure in the attic
space. However, the effectiveness of an attic
sprinkler system is expected to be limited given
the potential exposure from an exterior fire that
has grown and spread to reach the roof level.
Therefore, a value of 0.25 is considered
reasonable relative to probability of
performance of the balcony sprinklers to limit
fire spread to the balcony of origin.

The probabilities of performance for the balcony
sprinklers, noncombustible exterior cladding and attic
sprinklers outlined above, have been assessed in the
context of fire development network diagrams and the
results indicate that the provision of balcony sprinklers or
noncombustible exterior cladding reduce the probability
of “significant building damage” from the base case of
0.93 to 0.47, whereas the provision of attic sprinklers
reduces the probability of “significant building damage”
to 0.70.
The reduction in probability of damage based on the
provision of balcony sprinklers is significant relative to
noncombustible cladding and attic sprinklers, which is an
expected result given the proximity of the balcony
sprinklers to the fire source and expected response earlier
in fire development than the other mitigation measures.
The impact of the following combinations of the
mitigation measures has also been examined:
1.
2.
3.
4.

Balcony sprinklers (S1) and noncombustible
cladding (C),
Balcony sprinklers (S1) and attic sprinklers (S2),
Noncombustible cladding (C) and attic
sprinklers (S2), and
Balcony sprinklers (S1), noncombustible
cladding (C) and attic sprinklers (S2).

The fire development network diagram has been provided
for the combination of the balcony sprinklers,
noncombustible cladding and attic sprinklers in Figure 13.
The results for the single mitigation measures and all
combinations outlined above are summarized in Table 8.
Table 8: Exterior Fire Mitigation Measures

Combination of Mitigation
Measures
Base case (Figure 6)
S1
C
S2
S1 and C
S1 and S2
C and S2
S1, C and S2

Probability of
Significant Building
Damage
0.93
0.47
0.47
0.70
0.23
0.35
0.35
0.17

The results indicate that the provision of all three
mitigation measures results in the lowest probability of
significant building damage at 0.17. However, this
probability is not much lower than combination of
balcony sprinklers and noncombustible cladding, where
the probability of significant building damage is 0.23.
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.4 COMBINED PROBABILITIES
As outlined in S tion .2 of this paper, using the
probabilities of fire development in Table 7 and the
probabilities of significant building damage in Figures 4
to 6, the overall probability of significant building damage
considering all fire development locations and without
provision of mitigation measures is 0.35.
Using the same probabilities in Table 7 of fire developing
in compartments, concealed spaces and at the building
exterior, the resulting overall probability of significant
building damage can be estimated for each of the
scenarios incorporating the proposed mitigation
measures. These results are summarized in Table 9.
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Table 9: Fire Development Locations

Scenarios and Mitigation
Measures
1.
2.
3.
4.
5.
6.
7.
8.
9.
10.
11.
12.
13.
14.
15.
16.
17.

Base scenario with no
mitigation measures
Floor area sprinklers
(FAS)
Adequate fire
stopping/blocking
(FSB)
Balcony sprinklers
(BS)
Noncombustible
cladding (NCC)
Attic sprinklers (AS)
BS and NCC
BS and AS
NCC and AS
BS, NCC and AS
FSB and BS
FSB and NCC
FSB and AS
FSB, BS and NCC
FSB, BS and AS
FSB, NCC and AS
FSB, BS, NCC and AS


Probability of
Significant Building
Damage
0.35
0.35
0.31
0.22
0.22
0.28
0.16
0.19
0.19
0.14
0.18
0.18
0.24
0.12
0.15
0.15
0.10

CONCLUSIONS
This paper has identified the fire risk associated with
multi-family residential wood-framed structures through
an analysis of fire loss statistics. With respect to multifamily residential wood-framed buildings, the results of
the analysis have demonstrated that:












There are 3 distinct fire development locations:
compartment, concealed space and exterior.
The probability of significant building damage is
highest where a fire originates at the building
exterior.
Fire-rated compartments are performing as
intended by the NBCC.
Fire spread from compartment fires is limited
and can be a result of various factors including
door and window openings, wall and ceiling
penetrations.
Fire spread from concealed spaces is primarily
by way of inadequate fire stopping/blocking and
inadequate protection of service penetrations.
The NBCC has provisions for fire
stopping/blocking and protection of service
penetrations.
Observations from newer building stock
suggests improvements in fire stopping/blocking
and protection of service penetrations.
Fire spread on the exterior of buildings is
dominantly by way of fire development on
balconies and spread up and into the attic by
combustible exterior cladding.







Several mitigation measures were proposed to
address the key fire spread mechanisms and
include floor area sprinklers, adequate fire
stopping/blocking and protection of service
penetrations,
balcony
sprinklers,
noncombustible exterior cladding and attic
sprinklers.
Since fire-rated compartments are performing as
intended by the NBCC, the provision of floor
area sprinklers is not anticipated to have a
significant impact on reducing the potential for
significant building damage as defined in this
paper. However, will have a significant impact
on limiting fire spread from the room of fire
origin.
Provision of either balcony sprinklers or
noncombustible exterior cladding provide the
largest reduction in probability of significant
building damage by single measures. These two
measures combined provide a significant
reduction in probability of significant building
damage.
Provision of all mitigation measures is predicted
to reduce the probability of significant building
damage to less than one third the probability
where no mitigation measures are provided.
Optimum combinations of mitigation measures
can be selected based on additional cost-benefit
analyses.

The results summarized in this paper indicate that with
some or all of the proposed mitigation measures, multifamily residential buildings of wood-frame construction
up to six storeys will have a lower probability of
significant building fire damage in comparison to existing
2 to 3 storey multi-family residential wood-framed
buildings. Further research would consider sensitivity
analyses relative to the establishment of probabilities with
limited supporting information.
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DEVELOPMENT OF WOOD BASED FIREPROOF BUILDINGS IN JAPAN
Yuji HASEMI1, Naoyu i ITAGAKI2, Tomoyo YAMAGUCHI3
ABSTRACT: This report gives a summary review on the state-of-the –art and a scope of the development of woodbased “fireproof construction” and its application to real buildings in Japan. It includes review of the administrative
background for the promotion of the use of wood in buildings, state of the art review on the technical aspects of wood
based ireproo uil ings, and discusses the needed research and actions for the further promotion of wood based
ireproo uil ings in Japan.
KEYWORDS: ireproo construction, fire resistant construction, timber structure, Japan

1 INTRODUCTION 123
The Japanese building regulation classifies the fire safety
performance of buildings into “Fireproof Buildings”,
“Quasi-fireproof Buildings”, “Building with Fire-rate
Envelope” and others.
The ireproo uil ings are defined as those that can
stand even after a fire, while the uasi- ireproo
uil ings have to stand only during a fire. Requirement
for the ireproo construction is harder than the “fire
resistant buildings” in the building regulations in most
countries which are closer to the Japanese uasiireproo uil ings due to the need of the consideration
of earthquake fire in Japan where fire service and
automatic sprinklers may not work. The ireproo
uil ings have been required for buildings not lower
than 4 stories, for large buildings with total floor area
larger than 3000m2, for public buildings and
accommodation facilities not lower than 3 stories and for
most of buildings in the highest fire protective zones in
big cities.
After the enforcement of the performance concept into
the fire safety regulation in Japan in the year 2000,
development of wood-based ireproo construction based
on varieties of fire protection principles started, resulting
in the first ministerial approval of several specifications
based on different design principles in 2004. Because of
the unique and strict requirements for the ireproo
construction and uncertainty in its cost compared with
the conventional ireproo constructions, there has been
considerable delay in the extensive use of wood-based
ireproo construction in real buildings except for the
timber structure protected with inorganic layers(Type-A
construction in Chapter 2 and after). However, several
construction projects completed in 2013 and after seem
to demonstrate strong feasibility of wood-based ireproo
1
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3
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uil ings. Reflecting the law to promote use of wood in
governmental buildings proclaimed in 2010, most of the
design competitions and design proposals for
governmental buildings in Japan since around 2014
premise extensive use of wood. It will naturally attract
general concern on wooden ireproo constructions.
On the other hand, it is believed that, for further
promotion of wood-based ireproo construction, there
are still numbers of technical issues to be resolved. Also,
earthquake is not a unique problem in Japan: earthquake
prone districts in the world may share interest in the
post-earthquake sustainability of fire safety of building
structures that the Japanese ireproo construction aims
at.
This report reviews the state-of-the-art of the
development of wood-based ireproo uil ings in Japan
through introduction of recently completed building
projects1,2), and discusses necessary research and
development actions for the further promotion of wood
based ireproo construction

2 JAPANESE WOOD BASED
FIREPROOF CONSTRUCTION,
GENERAL ASPECTS
For the convenience for international audience, let us
summarize the design concepts and regulations on the
Japanese wood-based ireproo construction.
2.1 Prin i l s and Im ortant F atur s o Wood
as d Fir roo Constru tions
Design of the wood-based ireproo assemblies being
developed in Japan can be divided into the following
three types.
A) Timber protected by fire resistive insulation
layer(referred to as Type-A construction)
The concept is essentially identical with the
ireproo steel construction protected by fire
resistive insulation, with threshold temperature for
wood lower than for steel structure. Wall and floors
protected by reinforced gypsum boards based on the
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2x4 construction and the post-beam construction
have been De-facto open standards as they use only
widely available building materials and their
specifications have been essentially opened.
B) Timber protected by sacrifice and suppression
layers(Type-B construction)
It is to protect the load-bearing part of a construction
assembly from burning with the sacrifice and the
suppression layers and is often referred to as “totally
wooden ireproo construction”. While sacrifice
layer concept using untreated wood has been
effective for the uasi- ireproo construction for
nearly 30 years, achievement of self-extinction
without igniting the load-bearing core after fire
exposure, basic requirement for the ireproo
construction, has been found to be essentially
difficult for Japanese local wood. The suppression
layer is inserted between the sacrifice layer and the
load-bearing core for ensuring the self-extinction of
glowing combustion within the assembly. While
there are wide varieties of specifications
proclaiming this type of the ireproo construction,
the authors would like to emphasize that those using
inorganic slabs as the suppression layer should be
considered a variation of the Type-A construction. It
is because the most important feature of the Type-B
construction compared with other
ireproo
constructions is the lightweightness of the whole
assembly due to the use of only wood-based
materials, although the past applications of the
Type-B construction in real buildings seemed to
intend to utilize its aesthetics or to visualize the
technical feasibility of large timber construction. As
discussed in the later sections, recent and ongoing
studies on the TypeB ireproo construction is
making it possible to produce 1-hour and 2-hour
ireproo assemblies with relatively light woodbased protection layers. Further technical
development and consideration of higher-rise
buildings with 2 hour ireproo performance should
make the difference of the total weight of the
structural assemblies between the Type-B and other
ireproo constructions even clearer.
C) Steel protected by thick (treated or untreated)
wood(Type-C construction)
It is essentially steel structure using wood for
structural reinforcement to prevent buckling and for
fire protection. Only pines have been found to be
effective for ireproo construction, among various
Japanese local species tested.
The Type-C construction shares numbers of
technical difficulty with the Type-B, construction
because both of them are essentially based on the
frames of thick assemblies and share numbers of
potential conflicts such as the possible damage to
the ireproo performance by the joints with other
assemblies. While the Type-C construction
assemblies are heavier than those of the Type-A or
the Type-B constructions in general, columns and
beams of the Type-C construction can be slimmer
than those of other wood-based
ireproo
constructions.

Load-bearing core(wood)

構造支持部（ 木材）

Fire Resistive Insulation
Ty A Timber Protected by fire
resistive insulation
Load-bearing core(wood)

構造支持部（ 木材）
燃 Suppression

Layer(treated wood etc)

Sacrifice Layer(untreated wood)
Ty B Timber Protected by
sacrifice layer and suppression
layer
Load-bearing core(steel)

Sacrifice Layer(untreated wood)

燃え し ろ （ 木材）

Ty C Steel Protected by Thick
Wood
Fi ur 1 Three Types of the Design of Wood-based
Fireproof Construction
It is also noteworthy that unlike the Type-B construction,
the Type-C construction is essentially an open system in
that the assemblies are composed only of such common
materials as standard steel and wood.
Common difficulties in realizing actual buildings with
these wood-based ireproo constructions include
various conflicts between the integrity of ireproo
assemblies and arrangement of secondary building
elements such as partition walls, piping and electrical or
air-conditioning
appliances.
Development
of
architectural design solutions to avoid conflicts between
ireproo assemblies and secondary building elements or
practical protection devices not to damage the integrity
of wood-based ireproo assemblies are important for
achieving and spreading wood-based ireproo uil ings.
2.2 R lat d Ja an s Fir Sa ty R ulations
Requirements for ireproo construction are given in the
Japanese Building Standard Law.(BSL) BSL requires
fire safety of buildings according to the urban planning,
publicity of the utilization of the building, the number of
floors counted from the top of the building, height and
the total area. The buildings with total floor area
exceeding 3000m2 essentially have to be ireproo . The
law compliance of ireproo uil ings can be verified
either with specification based requirements or with the
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calculation method for the verification of ire proo
per ormance. Figure 2 is an example of wood-based
ireproo uil ing designed according to the performance
based fire safety design method based on the localized
fire concept3). The building’s arches are untreated wood,
which have been proven to survive a fire on the platform
or office/commercial facilities on the lower levels of the
station building.

standardized materials. There had been no approved
specification for the wood-based ireproo construction
until a specification with inorganic (reinforced gypsum
boards) fire protection was listed in the ministry
notification in 20144).

3 STATE OF THE ART REVIEW OF
THE DEVELOPMENT OF WOOD
BASED FIREPROOF BUILDINGS
Brief history of technical development and the state of
the art of the building practice of each concept of the
three wood-based
ireproo
constructions are
summarized as follows..

Fi ur 2 JR-Shikoku Kochi Station, Steel-reinforced
Timber Arch Structure(designed by Hiroshi Naito
Architect and Associates, fire-safety design by AkenoFire Research Institute, built by Kajima Corp., 2009)
The specification requirements stipulate necessary
ireproo performance of the main construction
assem lies*1 according to the vertical location: those
used on any floor within four stories from the top of the
building must be of 1 hour ireproo construction, and
those on any of the 5th to 14th floors from the highest
floor must be of 2 hour ireproo construction it means
that a five storey building(e.g. Figure 3) must be built
using 1 hour ireproo construction for all the floors
except for the ground floor which must be built with 2
hour ireproo construction. The requirement of the
ireproo construction applies only to the assemblies
bearing permanent load and the fire separations but do
not apply to anti-seismic assemblies.
The ireproo per ormance of assemblies of a building
design must be verified either by reference to the list of
approved specifications in the ministry notifications or
by the ministerial approval based on the testing by
authorized performance evaluation organizations.
Ministerial approval is effective to only the tested
specification and safer ones. However, dependence of
ireproo per ormance of wooden construction on
various specification factors is not yet enough clear,
leaving the range of the approved specifications quite
limited..
The ministry notifications adopt only construction
methods released to the public using only widely

3.1 Tim r Prot t d y Fir R sisti
Insulation
Lay r Ty A Constru tion
The 2x4(platform) construction first received ministerial
approval of one-hour ireproo construction by
reinforcing timber panels with reinforced gypsum boards
and began to build low- or mid-rise buildings in 2005
mostly in big cities where ireproo uil ing is required
unless the total area is very small5). They were followed
by the post & beam construction soon after, and their
application was extended to large low rise(2 or 3 stories
in height) buildings (total area exceeding 3000m2),
mostly nursing facilities in suburban districts6), and
urban buildings taller than four stories with lower floors
built by conventional ireproo construction5). The TypeA constructions cover most of the wood-based ireproo
uil ings, over 3,000 new buildings, in Japan by date,
making wood-based ireproo uil ings popular in the
construction community. They succeeded in producing
new construction market in small buildings of 3-5
storeys in height in densely inhabited districts and
suburban low rise(2-3 storeys) nursing facilities. In
densely inhabited districts featuring small individual
territories and narrow roads, steel and concrete
constructions have essential difficulty in the on-site
construction due to the general need of heavy
construction machines. The lightweightness of timber
construction has significant advantage in the
construction above a soft ground being either common in
mid-urban densely inhabited districts or undeveloped
suburban districts. The Type-A wooden buildings are
already economically competitive against reinforced
concrete or steel structures for these features.
Figure 3 is an example of recently built five storey
dwelling building5) in the commercial center of Tokyo.
The upper four floors of the building was built with jackup platform(2x4) construction, leaving the ground floor,
designed as restaurant, by reinforced concrete. Since the
land territory is quite small and narrow, construction by
concrete or steel would need a crane and other heavy
construction machines which would prevent effective
use of the ground for the building.
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Fi ur 3 Type-A Wood-based ireproo uil ing built
in Ginza, most crowded business district in
Tokyo(designed and built by Mitsui Homes Corp., 2014)

General Appearance

Standard floor Plan
Fi ur 4 Nearly 10,000 m2 total area 5 storey nursing
facility(designed by Medox Architects & Associates,
built by Mitsui Homes Corp., 2016)) (Ref.7)
Recent/ongoing building projects of the Type-A
ireproo construction include a 5 story nursing facility
of nearly 10,000m2 total floor area in Tokyo(Figure 4)7).
The building is composed of the 2 hour ireproo
reinforced concrete ground floor and 1 hour fireproof
wooden upper floors. It is the largest 2x4 construction
building in Japan. The building project is important for

the further development of high-rise buildings with the
Type-A construction: the large floor area, nearly 2000m2,
with 40 individual bedrooms and various small room
units indicates general architectural and technical
solution of the conflicts between walls or floors and
building services such as piping, a common issue for
large scale accommodation buildings, and establishment
of seismic structural design for a tall and large nursing/
dwelling facilities. Protection of the integrity of panel
assemblies from the penetration of piping and other
building services is especially important for wooden
structure because such penetration may ignite the
wooden elements of the panels at the event of fire.
It is noteworthy that a specification of this type was
registered in the minister notification for the 1 hour
ireproo construction in 2014. The Type-A ireproo
construction seem to fit those facilities that originally
need many partition walls for fire separation, noise or
thermal insulation or security such as apartments,
nursing facility and hotel. Application of CLT to
ireproo uil ings will probably be based on this type of
construction.
3.2 Tim r Prot t d y Sa ri i and Su r ssion
Lay rs Ty B onstru tion
This type of wooden ireproo construction has been
studied for such facilities as office, shops and other
occupations featuring rooms larger than residential
buildings. While this type of wooden fireproof”
construction first received ministerial approval of 1-hour
ireproo construction as early as in 2004, actual
buildings using loadbearing assemblies based on this
concept were realized only in 2013(Figures 5, 6). Delay
of the application of this method to a real building is
believed to be due to the difficulty in developing
relevant design details not damaging the fireproof
performance of the assemblies and in the achievement of
reasonable construction cost. However, the first building
using totally wooden ireproo construction(Figure 5)8)
has attracted strong attention by its aesthetics and
intellectual design solution of the present difficulties
with this young technology. The building is essentially a
combination of wooden structure and reinforced
concrete; major technical weakness of wooden
construction in buildings of higher fire safety
performance such as spaces for building services for
elevators and plumbing, noise insulation and protection
from Tsunami flood were taken over by reinforced
concrete. Figure 6 is a small 3 storey building
structurally composed of Type-B columns and beams
and Type-A external walls, partitions and roof. The
cross-like independent columns and beams are the TypeB 1-hour ireproo construction.
All three buildings ever built in Japan using this type
wood technology feature large or tall enclosure which
can be hardly achieved with the Type-A ireproo
construction. In all the buildings featuring Type-B
ireproo construction, the wood-based ireproo
construction was selected either for aesthetics fitting the
traditional Japanese cultural preference or for the
demonstration of the “wood-based high-technology”.
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Fu ur Office Building with Frames of Type-B Wood
Protected by Sacrifice and Suppression Layers(designed
and built by Takenaka Corp, 2013)

Fi ur
Restaurant Building with Type-B Independent
Columns/Beams and Type-A walls(designed by Kajima
Corp., built by Sumitomo Forestry Inc., 2013)
Competitiveness in more verifiable performance should
be sought for the establishment of sustainable market of
the Type-B construction.
Only two construction firms have succeeded in
achieving real buildings with this concept by 2015.
Essential difficulties of this type ireproo construction
in the application to actual buildings include the
dependence of the production of the suppression layer on
laboratory-like manufacturing process not suitable for
mass production and lack of rich line up of approved
specifications. All these make generally the cost and
schedule of construction unpredictable. It is important to
resolve these issues and pursue technical superiority or
competitiveness of Type-B construction, while there has
been scarce interest in these aspects during its technical
development and application to real buildings in the past.
3.3
St l Prot t d
y Thi
Wood Ty C
onstru tion
This type of ireproo construction was first developed
under the cooperation between lumber industry and the
government in the early 2000s, resulting in its ministerial

approval given to the Japan Laminated Wood Products
Association. The technology was first applied to a five
story office like building with reinforced concrete
ground floor in 2005.
This technology has been applied in general to limited
part, mostly columns near façade, of relatively few
actual buildings most of which are owned by companies
in forestry related industry. In that sense, this technology
has been a decoration for buildings. However, the recent
one, a city hall building completed in 2015(Figure 7)9),
utilizes this technology for most of the columns and
beams in the office and lobbies and resolved many
conflicts related to the building services and joints of
assemblies peculiar to the ireproo constructions with
wooden protection.
Although the building is only 3 storey in height, it is
noteworthy in that the wood-based assemblies cover
nearly all the elements visible to the occupants within
the lobbies and the office rooms leaving the frames
within the cores supporting the building services and
staircases conventional ireproo construction. It
indicates that the design of this particular building has
resolved conflicts of wood-based assemblies with airconditioning, piping and wiring typical in office
buildings. For these features, this building can be a
potential prototype of high-rise wooden ireproo office
buildings.
In spite of the epoch-making nature of the city-hall
building(Figure 7) for the further development of woodbased ireproo uil ings, the building was planned as a
part of the reconstruction of a district heavily damaged
by earthquake disaster and the extensive use of wood
was perhaps for making the facility a monument of the
district where forestry has been prosperous. In that sense,
there should be still many subjects on the productivity or
economical efficiency in this type of ireproo
construction.
The Type-C construction shares many technical
difficulties in the achievement of real buildings with the
Type-B construction. The realization of a possible
prototype of wood-based fireproof office building by the

Kunimi-machi Town Hall Building Built with
Fi ur
Steel Structure Protected by Thick Wood(architectural
design by Park, A., JR East Architectural Design Corp.,
2015) (Ref. 9)
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Type-C construction seem to stimulate
development of the Type-B construction

further

4 CHALLENGES FOR FURTHER
DEVELOPMENT OF WOOD
BASED FIREPROOF BUILDINGS
The recently completed building projects with woodbased ireproo construction since around 2013
demonstrate steady but dynamic extension of the
territory of Type-A ireproo construction toward midrise large-scale accommodation facilities, and solution of
the basic difficulties in the construction of buildings
suitable for the Type-B and the Type-C constructions.
Through these efforts, for the Type-A constructions,
architectural planning and construction details to avoid
conflicts between the integrity of ireproo assem lies
and the arrangements of secondary building elements in
high-rise large scale accommodation facility such as
nursing facility, apartment and hotels have been nearly
established. Also, the Type-B ireproo construction was
first introduced to actual buildings. The Type-C ireproo
construction has succeeded in achieving a prototype of
an office building suitable for the Type-B and the TypeC constructions.
These achievements are believed to be beyond what
most of stakeholders in wooden construction and fire
safety experts imagined in around 2010. These recent
achievements in wood-based ireproo uil ings seem to
visualize what can be done for wood-based fireproof
construction in the nearest future and what should be
done for its further development.
This Chapter intends to explore and discuss the
possibility of further development and spreading of
wood-based ireproo uil ings, through introducing ongoing efforts in research and development.
4.1 D lo m nt o 2 hour rat d Ty A Fir roo
Constru tion
The recent achievements in the Type-A ireproo
uil ing demonstrate a prospect of the construction of
high-rise large scale accommodation facilities in the
nearest future, once 2-hour rated Type-A ireproo
assemblies and suitable structural design are developed.
Recent R&D efforts on the Type-A timber construction
by the Japan 2x4 Home Builders Association and
Building Research Institute in yielding the development
of a 2-hour ireproo walls and floors. It may enable
higher-rise(up to roughly 8 story) wooden urban building.
The issues to be studied for the development of taller
wooden ireproo
uil ings include development of
reasonable structural design for the increasingly larger
vertical load due to not only the increase of floors but the
increase of the necessary fire protection and the
rationalization of on-site production procedure to cope
with the increase of the height.
Figure 8, a tower built as a research specimen with 1
hour rated Type-A ireproo construction on the 2nd to 6th
floors and 2 hour rated wooden fireproof construction on
the ground and the 1st floors, shows an example of
practical study for verifying the feasibility of high-rise

Fi ur
6 story Type-B Wood-based Fireproof Test
Tower by 2x4 Construction(Building Research Institute
and Japan 2x4 Home Builders Association, 2016)
wooden accommodation facility based on the Type-A
ireproo construction concept.
These ongoing research and developments toward
resolving possible structural and productivity problems.
along with the recent achievements in the development
of a prototype of floor plan for nursing facility, seem to
indicate a strong feasibility of the construction of around
30m tall and 8 storey wooden building in the near future.
4.2 D lo m nt o Totally Wood n Fir roo
Ass m li s ith Wid ly A aila l Tr at d Wood as
Su r ssion Lay r
Basic difficulty in the promotion of the Type-B ireproo
construction is the cost of the assemblies. It is mostly
due to the use of uncommon materials or technology for
the production of the suppression layer. Use of such
uncommon technology is partly for the general difficulty
in achieving the self-extinguishment within either the
sacrifice layer or the suppression layer. It is probably
because of the general lack of the scientific
understanding of the dynamics of the self-extinction of
wood during the period when the Type-B fireproof
assemblies were developed by construction firms, i.e.
2005-2010.
However, pioneering works in the development of the
Type-B fireproof construction indicated importance of
the control of glowing combustion within the sacrifice
layer10). Controllability of the glowing combustion
within the sacrifice layer by the endothermic effect of
the suppression layer and the heat loss from the surface
was recently revisited11), succeeding in the development
of 1-hour Type-B ireproo column and beams with
suppression layer made of easy-to-make treated wood
and relatively thin sacrifice layer using Japanese cedar,
normally considered the least suitable species for
ireproo construction11) (Figure 9).
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Fi ur
1 hour Fireproof Wooden Column with
Untreated Sacrifice Layer and Treated Plywood Rated as
uasi-noncom usti le Material, cross-section after the
furnace test (Akita Prefectural University, 2015)
It is an important achievement for the further
development and the spreading of the Type-B fireproof
construction in the following three aspects:
(1) The first development of Type-B fireproof assembly
with untreated and treated wood supplyable from
any lumber plants
(2) Development of the ireproo assembly with lowest
weight of assembly per bearing load except for
wood protected with intumescent insulation
(3) Finding of the existence of the optimum thickness of
the sacrifice layer for design fireproof performance
The first feature indicates that the whole assembly of the
Type-B fireproof assembly can be produced in one
single lumber plant, and the second one indicates a
prospect for the development of quite light ireproo
building structure.
The study for the development of easy-to-produce TypeB ireproo construction is based on the thermal analysis
of wood to explore the critical conditions for the
sustainability of glowing combustion in thick wood.
Leaving the detail of the research to be delivered in
future publication, the present report only intends to
discuss the importance of the control of the glowing
combustion of wood for the efficient achievement of the
Type-B ireproo assemblies.
Figure .10(a) and (b) are examples of the time-history of
the internal temperature of 40mm thick wooden
(Japanese cedar) panels tested by the Cone Calorimeter
exposed to different levels of external radiation11). While
the radiation exposure is weaker for Figure10(b) than for
Figure10(a), its duration is longer for Figure10(b) than
Figure10(a). In Figure10(a), the internal temperatures
begin to fall from the termination of the heating(20min)
keeping all the internal temperatures lower than 300℃.
However, in Figure10(b), some internal temperatures
reach around 400 ℃ , and temperatures at 20mm and
10mm become higher than the surface temperature. The
internal temperature higher than the surface temperature
after the radiation exposure is attributed to the surface
heat loss and to the glowing combustion in the deep of
the specimen, According to Figure10(a),(b), critical
condition for the sustainability of the post-radiant
exposure combustion within the wooden assembly seems

Fi ur 1 a Surface heat flux: 35kW/m2, Exposure
time: 20min, combustion was not sustained after the
termination of heating

Fi ur 1
Surface heat flux: 30kW/m2, Exposure
time: 30min, glowing combustion continued after the
termination of heating
Fi ur 1 Time Histories of Internal Temperature of
40mm Thick Wood(Japanese Cedar) Exposed to
Different Radiation Heating by the Cone Calorimeter
to be around 300K-400K, close to the typical
temperature range of glowing combustion of wood. The
Type-B fireproof column specimen in Figure 9 was
designed such that the boundary between the sacrifice
layer and the suppression layer maintained at higher
temperature than the decomposition temperature of the
fire retardant of the suppression layer and still lower than
the typical glowing combustion temperature of wood
during the radiant exposure.
If the sacrifice layer is too thick to let its backsurface
temperature lower than the decomposition temperature
of the fire retardant during the fire exposure, the
suppression layer may fail in preventing the post-fire
exposure glowing combustion within the sacrifice layer
and consumption of the fire retardant by the long lasting
glowing combustion in the deep of the sacrifice layer
may finally allow invasion of the glowing combustion
into the suppression layer and the structural core. On the
other hand, the sacrifice layer has important role to
prevent the consumption of the fire retardant of the
suppression layer during the exposure to the strong
radiative heating by fire. These are the reason why there
is an optimum thickness of the sacrifice layer for target
fire exposure time.
In a succeeding study, similar analysis has been made to
develop a design that withstand 2 hour standard fire
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exposure with treated wooden suppression layer12).
However, the existence of the optimum thickness of the
sacrifice layer for target fire exposure time implies an
ironical anticipation that an assembly designed as 2-hour
ireproo construction may not withstand one hour fire
exposure12). While there has been significant progress in
the research on the Type-B ireproo construction, there
are numbers of technical issues for its further
development.

CONCLUDING REMARKS
Prospects and technical issues for the development and
spreading of wood-based ireproo buildings are
discussed through introduction of recently completed
wood-based ireproo uil ings and ongoing efforts in
the research and development on the various types of
ireproo construction in Japan. There has been
significant progress in the actual construction of woodbased ireproo
uil ings and in the scientific
understanding
for
the
development
of
sacrifice/suppression layer concept, and all these suggest
a prospect that technical basis for the realization of taller
wood-base fireproof buildings up to around 8 storeys or
30m in height and for practical fireproof assemblies
based on the sacrifice/suppression layers is nearly
established.

ACKNOWLEDGEMENTS

Part of the present report is based on the JSPS Science
Research fund, “Engineering Approach for the Design of
Fire Resistance Design of Heavy Timber Construction”.
Information on the recent and ongoing wood-based
fireproof buildings are essentially taken from the special
issue on the large-scale/midrise wooden buildings in the
Monthly Kenchiku Bosai2). The authors wish to
acknowledge the cooperation of the authors of respective
articles.
The authors also would like to acknowledge cooperation
of the fire research community in Building Research
Institute and National Institute of Land Infrastructure
Management, Tsukuba, Japan.
NOTES
*1
ain construction assem lies in the Japanese
Building Standard Law(BSL) include columns, beams,
walls and floors bearing permanent load, walls used for
fire separation, external walls, and stairways. BSL
requires use of fireproof performance for the main
construction assem lies unless the performance-based
fireproof design is utilized.
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FIRE PERFORMANCE OF MASS-TIMBER ENCAPSULATION METHODS
AND THE EFFECT OF ENCAPSULATION ON CHAR RATE OF CROSSLAMINATED TIMBER
Laura Hasburgh1, Keith Bourne2, Christian Dagenais3, Lindsay Ranger
(Osborne)4, Audrey Roy-Poirier5
ABSTRACT: Twenty-three (23) cross-laminated timber (CLT) panels were exposed to a standard fire at an
intermediate scale. This paper discusses several encapsulation methods used to increase the fire resistance of those
panels, with emphasis on encapsulation times and the impact of encapsulation on the charring rate of CLTs. The
encapsulation methods used included Type X gypsum board, intumescent coating, rock fibre insulation and spray
applied fire-resistant materials (SFRM). The results suggest that encapsulation methods can significantly reduce wood
charring rates in addition to delaying the time at which wood elements become involved in fire.
KEYWORDS: Wood, Cross-Laminated Timber, Fire Resistance, Encapsulation, Char Rate

1 INTRODUCTION12345
A recent shift toward increasingly tall wood buildings
due to new technologies, products and systems has led to
the construction of more than 17 tall mass timber
buildings (seven stories or taller) around the world.
Next generation mass timber products utilized in midand high-rise buildings includes cross-laminated timber
(CLT). CLT is an engineered, wood composite product
consisting of multiple layers, or plies, of dimensional
lumber or structural composite lumber (SCL) that are
glued perpendicular to each other to achieve strength in
multiple directions [1]. There are several reasons to use
mass-timber—and specifically CLT—as a building
material, including: sustainability, offsite prefabrication,
reduced construction time and costs, and increased
architectural options [2].
Despite its many benefits, timber as a material for midto high-rise buildings has a poor reputation due to the
perception of increased fire hazard. This perception has
been promoted by some model building codes through
height and area limitations [3]. To ensure occupant
safety and the protection of property, the fire-resistance
rating of building components must be demonstrated
through standard fire-resistance tests. Requirements for
1
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one-hour fire resistance ratings are readily achieved with
mass timber construction, including CLTs. However,
high-rise buildings in North America, typically taller
than six stories, are currently required to achieve a fire
resistance rating of at least two hours for floors and other
structural elements. Current prescriptive provisions also
require these elements to be of non-combustible
construction per the International Building Code (IBC)
[4] and the National Building Code of Canada (NBCC)
[5]. Because of these building code limitations, for a tall
timber building to be approved, it must follow a
performance-based design or alternative solution
approach, which requires demonstrating that the design
provides an equivalent or greater level of safety as
compared to an accepted (prescribed) solution using
non-combustible construction. Amongst others, one
method to achieve this level of safety is by encapsulating
the CLT to provide additional protection before it
becomes involved in a fire. Attaining higher fireresistance ratings could expand the potential markets for
CLT panels.
To obtain higher fire resistance ratings, the Technical
Guide for the Design and Construction of Tall Wood
Buildings in Canada [6] presents various encapsulation
methods for full or partial protection of timber elements.
There is extensive data on the use of gypsum board as a
means of encapsulation for wood-frame and cold-formed
steel assemblies [7, 8, 9]. However, there is little
knowledge available related to other encapsulation
methods for mass timber. Testing performed to date has
been largely limited to directly applied Type X gypsum
board using standard screw spacing [10, 11, 12]. This
represents an opportunity for other configurations that
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might provide enhanced protection of wood elements to
be investigated.
This paper discusses several encapsulation methods used
to increase the fire resistance of building assemblies,
with emphasis on the impact that encapsulation has on
the char rate of CLTs. The encapsulation products
included Type X gypsum board, intumescent coating,
rock fibre insulation and spray applied fire-resistant
materials (SFRM) that were applied using various
attachment methods and arrangements.

MATERIALS AND METHODOLOGY
SPECIMEN PREPARATION
ANSI/APA PRG 320 performance standard and the CLT
Handbook specify the manufacturing methods for CLT
panels to be used in North America [13, 14, 15].
Additionally, the adhesive used must comply with both
AITC 405 Standard for Adhesives Used in Structural
Glued Laminated Timber and DCO PS1 Structural
Plywood [16, 17]. For this paper, two sets of CLT
specimens were tested; one by the Forest Products
Laboratory (FPL) and one by National Research Council
Canada (NRC) for FPInnovations.
Forest Products Laboratory Specimens
Table 1 provides a complete list of the FPL specimens.
This set of specimens met the ANSI/APA PRG 320
specifications for a V3CLT stress grade. However, since
these were strictly for research, they were manufactured
by the Department of Sustainable Biomaterials at
Virginia Tech, which is not a certified facility [18].
Additionally, the polyurethane (PUR) adhesive used was
not fully compliant with the requirements of ANSI/APA
PRG 320. The panels were manufactured using nominal
38 mm by 89 mm No.2 Southern pine which was surface
planed to a thickness of 35 mm. The final specimens
were five-ply thick with dimensions 914 mm by 914 mm
by 175 mm. The Southern pine species group includes
loblolly pine (Pinus taeda), longleaf pine (Pinus
palustris), shortleaf pine (Pinus echinata) and slash pine
(Pinus elliottii) [19]. All panels were conditioned in a
21ºC / 50% relative humidity chamber at FPL for a
minimum of 30 days.
For all specimens that included gypsum board (GB),
16 mm Type X gypsum board was used, which is
equivalent to Type F gypsum board according to
European standard EN 520 [20]. The screws used to
attach the gypsum board were 57 mm long, Type S, fine
thread drywall screws (Pro-Twist, FS-2145, Tarrytown,
NY) intended for attaching gypsum board to 25-20
gauge steel studs. The screw pattern varied based on the
application of the gypsum board. For the specimens
with the gypsum directly attached to the CLT, the screws
were spaced at 305 mm on centre. If there was a joint in
the gypsum board, the screws were located 38 mm from
the joint on each side.

Table 1. Summary of Forest Products Laboratory specimens

Specimen
L-1
L-2
L-3
L-4
L-5
L-6
L-7
L-8
L-9
L-10
L-11
L-12
1

Configuration1
Exposed, no encapsulation
Exposed, no encapsulation
1 layer GB
1 layer GB
1 layer GB on 19 mm furring strip
1 layer GB on 19 mm furring strip
2 layers GB on 19 mm furring strip
2 layers GB with interior joint
2 layers GB with exterior joint
3 layers GB
Intumescent coating
Intumescent coating

GB refers to gypsum board

In the case of specimens L-5, L-6 and L-7, the gypsum
board was attached to 19 mm thick wood furring strips.
The furring strips were attached around the perimeter of
the CLT and spaced 406 mm on centre starting from one
edge. Specimens L-8 and L-9 included two layers of
gypsum board. L-8 had a joint on the inside layer of the
gypsum board and L-9 had a joint on the outside layer of
gypsum board. The joint was located midway along one
of the 914 mm dimensions and ran the full length (Figure
1). The gypsum board was then attached to the furring
strips with 57 mm Type S screws every 305 mm along
the furring strips. The heads of the exposed screws were
covered with joint compound, and any exposed joints
were taped and covered with joint compound prior to
testing.
The intumescent coating was a single
component, water-based fire retardant applied at 92 wet
mils (just over 60 dry mils).

Figure 1: Gypsum board joint configuration for specimens L-8
and L-9

The specimens were instrumented with thermocouples
which allowed the monitoring of the performance of the
protective membrane and the charring of the CLT panel.
A temperature of 300ºC is considered an indicator of the
base of the char layer [21]. Thermocouples were located
on the exposed specimen surface, between gypsum board
layers and the CLT surface as well as at the first two
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glue lines from the exposed surface. Thermocouples
were installed within the specimens by drilling holes
from the back/non-fire exposed surface.
The
thermocouple depths were calculated by subtracting the
depth of the holes from the 175 mm thickness of the
CLT panel. The thermocouples were made at FPL from
24 gauge, Type K glass insulated thermocouples wires
(Omega Engineering, INC., GG-K-24-SLE).
The
thermocouples located within the specimen were aligned
on a 457 mm by 457 mm grid pattern centered on the
specimen and spaced 76 mm apart.
FPInnovations Specimens
The FPInnovations specimens were constructed from
commercially-available CLT panels (Nordic Structures
X-Lam, stress grade E1), which are manufactured from
spruce-pine-fir species—composed of 90% black spruce
(Picea mariana). Each specimen was constructed with
three, 35 mm thick plies. The specimens measured
1140 mm by 1970 mm by 105 mm. The CLT panels
were left to acclimatise under ambient temperature
conditions inside the NRC fire lab before specimen
construction began. A summary of the FPInnovations
specimens is given in Table 2 [22].
Table 2. Summary of FPInnovations specimens

Specimen
I-1
I-2
I-3
I-4
I-5
I-6
I-7
I-8
I-9
I-10
I-11

Configuration
Exposed, no encapsulation
1 layer GB, 300 mm screw spacing, 57 mm
Type S screws
1 layer GB, 300 mm screw spacing, 76 mm
Type S screws
1 layer GB, 205 mm screw spacing, 57 mm
Type S screws
76 mm rock fibre, 89 mm Type S screws
and washers
51 mm rock fibre, 86 mm Type S screws
and washers
1 layer GB on 13 mm resilient channels
1 layer GB on 13 mm resilient channels,
cavity filled with glass fibre insulation
1 layer GB on furring channels with sound
isolation clips, 100 mm cavity
1 layer GB on furring channels with sound
isolation clips, 100 mm cavity filled with
76 mm rock fibre insulation
83 mm SFRM applied onto wire mesh
stapled to CLT

For the specimens with gypsum board, 16 mm Type X
gypsum board was used. Specimen I-2 was constructed
according to the CLT Handbook, which suggests using
57 mm long screws installed with a standard screw
spacing of 305 mm on center [14, 15]. As wood chars, it
loses its structural capacity and, therefore, its ability to
hold screws in place. Therefore, specimen I-3 used
76 mm screws to evaluate whether a greater penetration
depth would increase the time over which wood has the
ability to hold screws in place. Test I-4 used decreased
screw spacing, which is expected to allow the gypsum
board to remain in place for longer fire exposures

because there is less area and weight bearing on each
screw. For all specimens that used gypsum board as an
encapsulation method, the screw heads were covered
with drywall compound.
Specimens I-5 and I-6 used rock fibre made from basalt
rock and slag, which is traditionally used for exterior
wall applications. The rock fibre had a density of
128 kg/m3 and is non-combustible with a melting point
of 1177ºC. The rock fibre was held in place with 89 mm
screws with 40 mm diameter washers. Pilot holes were
drilled 38 mm into the rock fibre so that the washers and
screw heads could be covered and protected by the cored
out material.
Four configurations with cavities were tested. I-7
included resilient channels that were spaced 405 mm on
centre and attached with 32 mm Type S drywall screws
to create a 13 mm cavity. The gypsum board was
adhered to the channels with 25 mm Type S drywall
screws spaced at 305 mm on centre. I-8 was identical to
I-7, but included the addition of 13 mm fiberglass
insulation into the cavity. Specimens I-9 and I-10
(Figures 2 and 3) used an increased cavity depth of
100 mm. The deeper air gap was created using sound
isolation clips with additional spacers. The sound
isolation clips were mounted onto wood lag screws,
which were embedded 38 mm into the CLT. The holes
were pre-drilled to allow for easier installation. The
sound isolation clips were spaced at 406 mm by
610 mm. Twenty-two mm thick furring channels were
hung from the clips and 16 mm Type X gypsum board
was attached to the channels, which created a 100 mm
cavity between the back of the gypsum board and the
CLT. The 100 mm cavity in I-10 was filled with 76 mm
of rock fibre insulation.

Figure 2: Specimen I-9 with 100 mm cavity
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Figure 3: Specimen I-10 with 100 mm cavity filled with 76 mm
rock fibre insulation

The SFRM used on specimen I-11 was a mediumdensity (240 kg/m3) Portland cement based product
(Figure 4). SFRM is commonly used for structural steel
and concrete assemblies. However, there is no known
published literature on its performance with mass timber
assemblies. Based on Harmathy’s rule No. 6 [23], since
SFRM has a low thermal conductivity, encapsulation
should improve the fire resistance of the assembly and
may be particularly useful when protecting concealed
spaces.

Figure 4: Specimen I-11 with SFRM

In order to determine when charring of the fire-exposed
CLT surface started, the CLT panels were instrumented
with five thermocouples made from 24 gauge Type K
glass-insulated thermocouple wire (TE Wire & Cable
LLC G/G-24-KK) across their surface, the locations of
which are illustrated in Figure 5. The CLT samples had
three thermocouples embedded halfway into the first ply,
17.5 mm from the face of the panels, placed at similar
locations to the surface thermocouples. The objective of
this test series was to evaluate the encapsulation time
provided by various methods of protection and not the
char rate of CLT.

Figure 5: FPInnovations sample specimen assembly details

METHODOLOGY
Fire Exposure
All twenty-three (23) specimens were tested in
intermediate-scale horizontal furnaces and subjected to
the same standard time-temperature curve specified in
ASTM E119 [24] and CAN/ULC-S101 [25]. Specimens
L-1 through L-12 were tested at FPL. The furnace at
FPL is heated by eight diffusion-flame natural gas
burners on the floor of the furnace. The interior
dimensions of the furnace are 1.83 m long, 1.09 m wide
and 1.27 m high. A frame was used to hold the panels
and included two non-combustible inserts on each side
of the specimen. The test frame with the test specimen
was placed on top of the furnace. All air for combustion
was provided by natural draft through vents at the
bottom of the furnace.
Six capped furnace
thermocouples were located 305 mm from the fireexposed specimen surface.
Specimens I-1 through I-11 were evaluated in an
intermediate-scale furnace at the NRC fire laboratory in
Ottawa, ON. The furnace at the NRC fire laboratory is
constructed with steel framework, lined with two layers
of insulating firebricks and has inside dimensions of
1.81 m long, 1.19 m wide and 0.52 m high. The furnace
works on a fixed combustion air system with gas
modulated to achieve furnace temperatures according to
the required time-temperature profile.
Test Termination
The FPL tests were terminated after the thermocouples at
105 mm from the fire-exposed surface reached 300ºC.
At the conclusion of the tests, the specimens were
removed, the fire was extinguished and visual
observations of the specimens were made. The size of
the specimen and available crane allowed the specimen
to be removed shortly after termination of the test
(Figure 6).
Photographs were taken of residual
specimens and some residual material thickness
measurements were made.
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For the FPInnovations specimens, most of the tests were
terminated when a 600ºC criterion at the protected face
of the CLT was reached. This limit represents a typical
temperature when directly applied Type X gypsum board
starts experiencing falling off.

specimen L-12 were extrapolated from the temperatures
within the CLT to the surface.
Table 3. Encapsulation times in minutes for protective
membranes

Configuration

Figure 6: Specimen removal from furnace

RESULTS
ENCAPSULATION TIME
For mass timber assemblies, encapsulation time
represents a delay in the onset of charring, and therefore
a delay before any wood element becomes involved and
contributes to fire growth.
Table 3 presents the
encapsulation times and is organized based on specimen
configuration. Encapsulation time in this paper is
defined as the time for the exposed surface
thermocouples to reach an average increase in
temperature of 250ºC or a single point increase of 270ºC,
whichever is less. Various literature states that wood
begins to char at 300ºC. Therefore, the encapsulation
times presented here are considered to be conservative
estimates of charring initiation and coincide with the
time at which thermal degradation of wood begins.
The CLT panels with a single layer of 16 mm Type X
gypsum board directly applied had an average
encapsulation time of 26.5 minutes. Specimens I-3 and
I-4 with longer screws and decreased screw spacing
resulted in less than 1% change in encapsulation time.
For the five CLT panels with a single layer of Type X
gypsum board indirectly attached with a cavity and no
insulation (L-5, L-6, L-7, I-7 an I-9), the average
encapsulation time was 29.1 minutes; an increase over
the average for directly attached gypsum board of 9%.
For the panels with two layers of 16 mm Type X gypsum
board directly applied, L-8 with the joint on the inside
layer and the L-9 with the joint on the outside, the
average encapsulation time of the two was 70.7 minutes,
with very small differences in encapsulation time. The
three layers of 16 mm Type X gypsum board afforded an
encapsulation time of 130.4 minutes. For the specimens
with intumescent coating, encapsulation times of 31.2
minutes for specimen L-11 and 21.1 minutes for

1 layer GB, standard
screw length and spacing

L-3
L-4
I-2

Encapsulation
Time (min)
27.7
26.3
25.4

1 layer GB, longer screws

I-3

24.5

1 layer GB, tighter screw
spacing

I-4

25.5

1 layer GB, 13 mm cavity

I-7

26.3

1 layer GB, 13 mm
cavity, glass fibre
insulation

I-8

31.1

1 layer GB, 100 mm
cavity

I-9

26.7

1 layer GB, 100 mm
cavity, rock fibre
insulation

I-10

75

1 layer GB, 19 mm
furring strip

L-5
L-6

30.8
30.4

2 layers GB, 19 mm
furring strip

L-7

78.6

2 layers GB, interior joint

L-8

70.8

2 layers GB, exterior joint

L-9

70.6

3 layers GB

L-10

130.4

Intumescent coating

L-11
L-12

31.21
21.11

76 mm rock fibre

I-5

57.3

51 mm rock fibre

I-6

42.6

SFRM

I-11

181.9

1

Specimen

These values were extrapolated from the temperature data in
the first ply.

The CLT panels covered with 51 mm and 76 mm of rock
fibre had greater encapsulation times than those obtained
with a single layer of 16 mm Type X gypsum board,
reaching 42.6 and 57.3 minutes, respectively. The
longest encapsulation time was obtained with 83 mm of
SFRM at 181.9 minutes.
CHAR RATE
The main data collected to obtain charring rates is the
temperature at the thermocouples embedded in the CLT
specimens tested at FPL. The key experimental results
of interest are the times for a temperature of 300ºC to be
reached at the CLT surface and at the first glue line,
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35 mm from the exposed CLT surface. A sample of the
thermocouple data during a test is shown in Figure 7.

Table 4. Linear and non-linear char rates (mm/min) of CLT

Specimen
L-1
L-2
L-3
L-4
L-5
L-6
L-7
L-8
L-9
L-10
L-11
L-12
Average

Linear
(mm/min)
0.84
0.76
0.45
0.43
0.56
0.52
0.66
0.72
0.50
0.95
0.48
0.74
0.63

Non-linear
(mm/min)
0.78
0.73
0.47
0.45
0.57
0.54
0.63
0.70
0.53
0.94
0.55
0.72
0.63

DISCUSSION
Figure 7: Temperature profile for specimen L-1 with no
encapsulation

ENCAPSULATION TIME

The temperature at the base of the char layer is generally
considered to be 300ºC. With this temperature criterion,
empirical equations for charring rate have been
developed. The linear char rate of the first ply was
calculated as the time it takes, after the surface reaches
300ºC, for the first glue line to reach 300ºC divided by
the thickness of the ply (35 mm). To easily compare
these times, the time at which the surface of the CLT
reached 300ºC was subtracted from all temperature
curves. A simple linear char rate is generally assumed
for solid wood directly exposed to the standard fire [20].
The linear model for charring is:
t  Cxc

(1)
-1

where t is time (min), C is char rate (min mm ), and xc is
char depth (mm).
The non-linear model from the US CLT Handbook
accounts for the accelerated charring of wood that occurs
early in the fire exposure [14]. This non-linear model is:
x
t  0.39






1.23

(2)

where  is the char rate (mmmin-1) and x is the char
depth (mm). The 0.39 factor presented here converts
from units of hours to minutes.
An average nominal char rate of 0.635 mm per minute is
an accepted value for solid sawn and glue laminated
softwood members [20]. Both the linear and non-linear
char rates obtained from thermocouple data for
specimens L-1 through L-12 are presented in Table 4.
The average rate from both the linear and non-linear
approaches is 0.634 mm/min. It should be noted that the
adhesive used was affected by heat delamination around
230oC which would result in increased char rate
compared to solid timber.

Based on previous research, a single layer of 16 mm
thick Type X gypsum board was expected to provide
approximately 30 minutes of protection to CLT, while
two layers of 16 mm Type X gypsum board were
expected to protect CLT for approximately 60 minutes,
which agrees with the results of this study [7, 26]. While
the addition of an air gap or cavity typically improved
encapsulation times; the char rate of the first ply was
greater with a cavity present when compared to the
single layer of gypsum board directly applied to the
CLT. This is possibly due to greater CLT surface area
exposure to high temperatures as soon as a crack forms.
The rock fibre insulation performed well. Since there is
no known fire test data available on this type of product
used in a horizontal application, the suitability of the
attachment method was uncertain, but the insulation held
in place very well and showed no signs of falling off
even as the assembly was removed from the furnace
(Figure 8). Given that the fire tests presented herein
were of an intermediate scale, it is uncertain whether the
method of attaching the insulation to the CLT would be
sufficient when tested at a larger scale. Nevertheless,
while the wood had begun charring, during
deconstruction, some force was needed to pull off the
rock fibre, indicating that its integrity was still
maintained after fire exposure.
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moisture in the SFRM could potentially affect the bond
between materials, which could have a negative impact
on the results, or alternatively, the additional moisture
could add to fire performance as it may cool the
specimen as the water is driven off during exposure to
heat. The SFRM remained completely intact during the
test; the test was stopped after four hours of standard fire
exposure. The SFRM was very effective at not only
delaying the onset of charring, but also limiting the
involvement of the CLT after it had begun to char, i.e. it
insulated the wood very well. For the first two hours of
testing, temperatures at the CLT surface did not exceed
100ºC. After two hours, the temperature began to
increase more quickly, but still at a much slower rate
than in all previously tested assemblies, until the onset of
charring after three hours.
Figure 8: Specimen I-5 after removal from furnace

Specimen I-9 used sound isolation clips to create a
100 mm cavity between the CLT and a 16 mm Type X
gypsum board. During the first 25 minutes of the test,
the CLT surface temperatures of this assembly remained
consistent with those of specimens I-7 and I-8 that had
13 mm cavities. After this time, however, the CLT
surface followed a similar surface temperature curve to
that of the specimens with one layer of gypsum board
directly applied to the CLT, but at temperatures roughly
25ºC lower. This continued until 65 minutes into the
test, when the rate of temperature increase abruptly
changed, at which point the gypsum board is assumed to
have fallen off (Figure 9).

Figure 9: CLT face temperature comparison

The encapsulation time of the SFRM assembly was 182
minutes. The SFRM manufacturer recommended a
curing time of 40 days before standardized fire testing.
However, due to time constraints, the assembly was only
cured for 20 days before testing. While the sample
appeared dry from the exterior, it is difficult to know the
core condition of the assembly, which presumably would
take the longest to cure. If residual moisture was present
in the SFRM, the test may be representative of a
situation in which a building is under construction and
the SFRM has not yet fully cured. Having additional

CHAR RATE
Inspection of Table 4 shows that the linear and nonlinear char rates follow the same trends with respect to
the method of encapsulation. Specimens L-3 and L-4,
with one layer of 16 mm Type X gypsum directly
applied, exhibited the lowest char rates. Specimens L-5
and L-6, with one layer of gypsum installed on furring
strips, had a slightly higher char rate than the assemblies
with one layer of gypsum directly applied. This increase
may in part be due to more of the CLT surface being
exposed to hot gases after the gypsum cracks. The
gypsum that was installed on furring strips was also
constrained differently than the one directly applied,
with a different number and spacing of screws used
which may have had an effect on when and how the
gypsum layer failed.
The three tests that had two layers of 16 mm Type X
gypsum had similar or slightly higher char rates than the
specimens with one layer of the same gypsum board
installed on furring strips. This may be explained by the
increase in furnace temperatures associated with
increased encapsulation times for the two layers of
gypsum. The time-temperature curve followed by the
furnace in these tests increases slowly with time, so the
protection provided by the encapsulation is balanced by
the higher char rates associated with higher
temperatures. However, even with increased char rates
in the first layer of the specimen there is an overall
improvement due to the increased time before charring
occurs. This is best exemplified by specimen L-10 that
had three layers of 16 mm Type X gypsum directly
applied.
The measured linear char rate was
0.949 mm/min compared to an average of 0.799 mm/min
for the un-protected specimens, a substantial increase.
However, it took 163 minutes from the initiation of the
test for the char front to reach the first glue line in
specimen L-10 (3 layers of gypsum) compared to an
average of 46 minutes for L-1 and L-2 (no
encapsulation).
The effect of the intumescent coating on the char rate is
not clear with specimen L-12 being similar to the
unprotected specimens and L-11 exhibiting a lower char
rate. This inconsistent performance was also seen in the
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estimated encapsulation times. It is possible that a minor
difference in applied thickness or other uncontrolled
parameter had a large effect on these results.

CONCLUSIONS
Twenty-three (23) CLT assemblies using different
encapsulation methods were tested in intermediate-scale
furnaces and exposed to the standard fire curve in ASTM
E119 and CAN/ULC-S101. The results of the tests were
analyzed to determine the encapsulation time of the
assemblies, which was defined as the time at which
either the average temperature rise at the CLT surface
exceed 250ºC or a single point rise exceeded 270ºC,
whichever is less.
The effect of the various
encapsulation methods on the char rate through the first
layer was also analyzed. The results of these tests have
led to a better understanding of the fire performance of
potential encapsulation methods used to increase the fire
resistance of CLT assemblies. The results suggest that
encapsulation methods considerably delay the time at
which wood elements become involved in fire and have
a substantial effect on char rate.
The specimens encapsulated with gypsum board
performed as expected and results were comparable to
those of previous research [7, 26]. Rock fibre insulation
was able to improve encapsulation time by nearly 20
minutes over a standard Type X gypsum board
application, and stayed in place for over two hours.
SFRM provided the overall greatest encapsulation time.
This product also stayed in place for four hours, at which
time it showed no signs of imminent failure. This type
of SFRM application is effective at delaying the onset of
charring, reducing the rate of temperature rise within the
wood surface, and further research is warranted for its
applicability to complex designs and concealed spaces.
Additionally, it is suggested that further testing be
conducted with thinner applications of SFRM to
determine the encapsulation time. It would also be
interesting to investigate a direct application of SFRM
onto CLT, without the use of a wire mesh or potentially
with a simple surface adhesive coating, to evaluate the
adhesion/bond between the materials under fire
exposure.
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EXAMINATION OF THE SMOLDERING COMBUSTION BEHAVIOUR OF
WOOD FIBER INSULATION MATERIALS
Moritz Neumann, Torsten Kolb2, Norbert Rüther3, Pablo Guindos3, Lisa Hecker3,
Ludwig Hackl3
ABSTRACT: The relatively unknown smoldering combustion behaviour of wood fiber insulation materials has been
investigated in a research project at the Fraunhofer Institute for Wood Research, Germany. A new experimental method
and corresponding testing apparatus have been developed and are proposed for the examination of the smoldering
combustion. In this context, a simplified mathematical algorithm for the analysis of the measured data of the test
procedure has been applied to quantify the smoldering combustion. The hereby introduced smoldering acceleration,
which is a primary output of the proposed testing procedure, can potentially be perceived as a characterizing parameter
for the smoldering combustion under consideration of the methodical specifications. Furthermore, the investigation
included the determination of the influence of defined material properties and boundary conditions on the smoldering
combustion behaviour of wood fiber insulation materials. Results indicate that the density, fiber size distribution and
moisture content as well as the flow stream velocity considerably influence the smoldering behaviour.
KEYWORDS: smoldering combustion, wood fiber insulation, test method, smoldering acceleration

1 INTRODUCTION123
According to the current national building regulations,
the smoldering combustion behaviour of wood fiber
insulation materials is an essential limiting factor for
their use in multi-storey buildings. Exemplary, the
German Model Building Regulation (Musterbauordnung
2002) stipulates “B1” (hardly flammable) classified
materials for insulations of exterior wall constructions
for building classes 4 and 5 [1].
After ignition, wood fiber insulation materials show a
self-sustaining combustion behaviour, which comprises
the risks of continuous fire spreading inside the
constructive elements and especially in the building’s
façade. Additionally, the characteristics of the
smoldering combustion, e.g. low heat release rate, slow
spread rate and essentially no visible flames, the material
properties as well as the fact, that the insulation layer is
often located inside the respective constructive element,
aggravate the detection of smoldering combustion and
most sorts of fire-fighting measures. Currently used
commercially available fire retardants have not yet
shown effectiveness for suppressing the smoldering
combustion for wood based insulation materials.
The aforementioned facts have a need of conducting
fundamental research to examine and understand the
smoldering combustion and its impairing material
1
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parameters and boundary conditions. The prospected
long-term objective is the development of an innovative
fire retardant for the smoldering combustion of wood
fiber insulation to become self-extinguishing. This
would culminate in a significant increase in the possible
range of application of those materials, including mid to
high-rise buildings.
At the time of the initiation of the project, the normative
and research-based methods used to investigate and
analyse the smoldering combustion process for wood
fiber insulation materials were assessed as highly
insufficient. Therefore, the main objective consisted of
developing a lab-scale testing procedure as well as a
simplified analytical approach for quantifying the
smoldering combustion process. It was also in the scope
of this investigation to determine the influence of various
material properties and boundary conditions on the
smoldering behaviour and set up the relevant testing
outputs that can characterize the smoldering of woodbased materials.

2 MATERIAL AND METHODS
2.1 MANUFACTURING OF INSULATION
BOARDS
In-house manufactured wood fiber insulation boards
made of European spruce were used. The main steps of
the manufacturing process of the boards included the
refining of debarked wood chips to wood fibers. Three
different variations of the clearance between the refiner
plates were adjusted resulting in variable fiber size
distributions. The fibers were dried in a blowline to
moisture contents of approximately 6 to 10 %. The fibers
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were weighted and mixed in a ploughshare mixer by dryprocessing in combination with the binding agent. The
pressing of the insulation boards was executed in two
steps. The mixtures were manually distributed in a
compacter, pre-condensed and removed from the form.
In a hot press, the boards were uniaxially pressed to its
target densities for 15 minutes at core temperatures of
roughly 80 to 100 °C. After deactivation of the heater,
the elements remained in the press for 16 hours. Finally,
the boards were trimmed into testing specimens with
physical dimensions of 100 mm x 100 mm and a height
of approximately 50 mm. Four different target values of
the volumetric mass density (ρt), for the sake of
convenience subsequently referred to as density, four
different moisture contents and three fiber size
distributions, characterized by its median value, were
investigated. Additionally, two types of binding agents,
starch and polymeric diphenylmethane diisocyanate
(PMDI), have been compared. The varying material
properties including their respective ranges are shown in
table 1. Examples of the testing specimens with a target
density of 200 kg/m³ and a fiber size median of 0.71 mm
are shown in Figure 1.

xmed = um +

n
m-1
- ∑k=1 nk
2

nm

∙ (om - um )

(1)

where um = lower interval boundary of the median class,
om = upper interval boundary of the median class, nk =
summarized data up to the lower boundary of the median
class and nm = data in the median class. The calculations
are based on the assumption of uniform distributions
within the respective fractions. Consequently the median
values are linearly interpolated approximations and by
no means statistically unambiguous. The results for the
median values showed an almost linear correlation (R² =
0.99) with the clearance between the refiner plates
(without Figure).
For the determination of the moisture content, the
trimmed specimens were oven-dried at 106°C until
reaching mass consistency. Afterwards, the dried and
weighted specimens were climatized for 7 days at 20°C
and varying relative humidities. The mass-referred
moisture content (MC) was calculated according to
Equation 2:
MC [%] =

mwet - mdry

(2)

mdry

The results of the moisture content for specimens with a
target density of 200 kg/m³ and a fiber size median of
0.71 mm are shown in Figure 3. For the purpose of
clarification, the correlations between moisture content
and density as well as fiber size were not part of the
investigations.
Figure 1: Wood fiber specimens (top view / cross section)

2.2 DETERMINATION OF MATERIAL
PARAMETERS
The methodical determination of the material parameters
included the fiber size distribution of the raw wood
fibers before the mixing in the ploughshare mixer and
the densities as well as the moisture content of the
trimmed specimens of the finished insulation boards.
The fiber size distributions were investigated with the
sieve analysis using air-jet sieve apparatus according to
DIN EN ISO 4610 [2]. The results for all three refiner
configurations are shown in Figure 2, expressed as the
passing fraction in percent by weight through a defined
number of sieves.

Figure 3: Moisture content of wood fiber specimens subjected
to different climatic conditions (i.e. relative humidity)

The density of the specimens was trivially determined by
the ratio of mass and volume prior to the particular
smoldering tests. Possible inhomogeneities in density
within each specimen were not taken into consideration.
Table 1: Material properties

Figure 2: Size distribution of wood fibers

The median values xmed of the fiber size distributions are
calculated as shown in Equation 1:

Property
Target density [kg/m³]
Fiber size median [mm]
Moisture content [%]
Binding agent

Range
100-400
0.71-4.62
0-26.6
Starch / PMDI
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2.3 DEVELOPMENT OF TESTING FACILITY
Initially, the existing testing facilities for the smoldering
combustion were surveyed to analyse their distinct
advantages as well as their inherent drawbacks. In
summary, none of the procedures were deemed sufficient
to properly analyse the smoldering combustion. This
included research-based procedures, like the ConeCalorimeter or the Canadian ULC-test, as well as the
normatively classifying procedures, e.g. the German
“B1”-test (“Brandschacht”) according to DIN 4102 [3]
or the SBI-test according to DIN EN 13501 [4] and
EN 13823 [5]. Prior to the development, a set of
requirements for the testing facility was composed,
which included:









Bench-scale dimensions of the specimens
Testing chamber of appropriate dimensions
Optional controllable laminar flow field
Radiative ignition source
External Scale to enable gravimetry
Measurement of temperature inside specimens
Observability of the smoldering process
Initiation of a multi-dimensional smoldering combustion
 Safe conduct of gaseous combustion products

Figure 4: CFD-Simulation of a flow profile (velocity) of the
testing facility during the development phase. The white box
indicates the testing sample.

The Reynolds number, defined as the ratio between
inertial and viscous forces, was used to evaluate the
occurrence of turbulent flow corresponding with the
respective configurations.
The final version of the Fraunhofer WKI testing facility
is shown in Figure 5.

Constitutive for the development of the testing facility
were initiatory conducted computational fluid dynamics
(CFD) and turbulence models. Primary objective was to
induce a preferably laminar and controllable flow field
inside the test chamber. Various modifications regarding
the dimensions and geometry of the test chamber as well
as the specimens with respect to the available
compressed-air supply of the laboratory as a boundary
condition were modelled. The turbulence models were
conducted using the software COMSOL Multiphysics®,
which solves the Navier-Stokes-Equations (Equations 3
and 4):
∂ρ
∂t

ρ

+ ∇ ∙ (ρ u) = 0

(3)

∂u

(4)

∂t

+ ρ (u ∙ ∇) u = ∇ ∙ [ - p I + τ ] + F

for compressible, single-phase flow, where ρ = density,
u = velocity vector, p = pressure, τ = viscous stress
tensor, I = identity matrix and F = volume force vector
by finite element methods (FEM) [6]. The CFD
simulations were used as preliminary assessments for the
fluid flow phenomena (esp. velocity vectors, vorticity
and Reynolds numbers) of different configurations of the
testing facility without being explicitly validated. A
sample flow profile of a provisional test setup is shown
in Figure 4.
Figure 5: Final version of the Fraunhofer WKI testing facility
for the determination of the smoldering behaviour

The test chamber consisted of a steel-glass construction
with interior dimensions (in mm) of 200 x 200 x 400.
The air supply was inserted in the bottom of the test
chamber and conducted through a socket containing
glass pellets and a felt insert in order to distribute the
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fluid flow across the whole cross section of the test
chamber. The exhaust for the gaseous combustion
products was positioned at the upper backside of the
chamber.
The average vertical stream velocity inside the chamber
could be adjusted from 0.0 m/s to a maximum of 0.6 m/s.
The initial thermal stress on the test specimens was
exerted by a ceramic igniter with a heatable surface of
7.5 cm², an emissivity of 0.9 and a variable temperature
with a maximum of 900°C. Via the Stefan-Boltzmann
law, the radiative energy of the igniter could be
calculated. The idealised point-shaped ignition source
resulted in a non-uniform distribution of the heat flux on
the surface of the test specimen. This choice of ignition
was chosen to induce a multi-dimensional spreading of
the smoldering combustion.
The spatial-dependant heat flux on the surface of the
specimens was simulated using Fire Dynamics Simulator
Version 6. Hereby the parameter “gauge heat flux” (see
[7] for further information) was being utilised firstly to
allow comparison to actual heat flux measurements and
secondly to neglect the heating-up and the reactiveness
of the specimen. The results are shown in Figure 6. The
maximum simulated value of 44.97 kW/m² centric above
the igniter, showed good agreement with the
measurement using a Gardon gauge heat flux sensor
(46.07 kW/m²).

Figure 6: Gauge heat flux profile on the lower surface of the
test specimen at an igniter temperature of 900°C

The specimen was attached to an external subsurface
high-precision scale to enable quasi-continuous
gravimetry in definable intervals (typically 10 s) during
the smoldering combustion process. Temperature
measurements inside the specimens were optional via
thermocouples type K.
2.4 DERIVATION OF THE CHARACTERISTIC
VALUE (SMOLDERING ACCELERATION)
As previously stated one of the main challenges was to
establish a testing output to be used as a reference or
characterizing variable for the smoldering combustion.
Such characterizing value was the smoldering
acceleration (as) whose significance is illustrated in the
following with a specific example. Assume a specimen
with a target density of 200 kg/m³ and a fiber size
median of 2.62 mm. The typical mass loss curve of such
sample is shown in Figure 7.

Figure 7: Mass and mass loss of a sample specimen

Based on the logged mass loss (Δm), the instantaneous
smoldering velocity (vs) of the sample can be calculated
as the difference quotient in the respective time interval
as shown in Equation 5:
vs (t) =

Δmn+1 - Δmn
tn+1 - tn

(5)

When analysing more in detail the time-dependant
progression of the instantaneous smoldering velocity
(Figure 8) shows three distinctive intervals: (1) a phase
of external ignition (approx. t = 0 s to t = 300 s); (2) a
quasi-linear acceleration phase (red interval) and; (3) an
extinguishing phase.

Figure 8: Smoldering velocity of a sample specimen

The smoldering acceleration can be defined as the
gradient of the smoldering velocity within the quasilinear self-sustaining acceleration interval (shown in red
in Figure 8), in which no external thermal energy was
imposed on the specimen. In other words, the smoldering
acceleration can be deduced from the gravimetry of the
smoldering tests by approximating the 2nd derivative of
the mass loss of the combustion process.
It was found that such a linear phase is distinctly shown
for each set of material parameters and boundary
conditions and thus can be a suitable testing output to
characterize the smoldering behaviour of wood-based
materials.
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3 RESULTS
The smoldering acceleration was determined for the
following material properties and boundary conditions:
 a 4 by 3 matrix for 4 varying densities and 3 fiber
size medians
 4 different moisture contents of the specimens
 2 binding agents (PMDI and starch)
 3 different average vertical flow streams velocities
The material parameters density and fiber size
distribution were examined based on a full factorial
experimental design. The moisture content was
investigated using specimens with material parameters of
ρt = 200 kg/m³ and sf = 0.71 mm. The binding agents
were analysed via four sets of specimens with material
parameters of ρt = 200/300 kg/m³ and sf = 0.71/2.62 mm.
The average vertical flow stream velocity was
investigated using specimens with material parameters of
ρt = 100 to 400 kg/m³ and sf = 0.71 mm.
The boundary condition of the external radiative heat is
currently ongoing investigation and thus not included in
the presented results. A summary of the investigated
parameters and boundary conditions is shown in Table 2.

Figure 9: Smoldering velocity at target densities of ρt = 100 to
400 kg/m³ and sf = 2.62 mm

The correlation between the density of the specimens
and the smoldering acceleration, averaged based on
three repeated tests, is shown in Figure 10.

Table 2: Summary of investigated parameters and conditions
Parameters and conditions
Target density
Fiber size
Binding agent
Moisture content
Flow stream velocity

Target density
Fiber size
Binding agent
Conditioning or MC Flow stream vel.
100 - 400 kg/m³ 0.71 - 4.62 mm
starch 15%
20°C / 65 r.H. %
0 m/s
100 - 400 kg/m³ 0.71 - 4.62 mm
starch 15%
20°C / 65 r.H. %
0 m/s
200 / 300 kg/m³ 0.71 / 2.62 mm starch 15% / PMDI 5% 20°C / 65 r.H. %
0 m/s
200 kg/m³
0.71 mm
starch 15%
MC: 0 - 26.6 %
0 m/s
100 - 400 kg/m³
0.71 mm
starch 15%
20°C / 65 r.H. %
0 - 0.6 m/s

Each configuration of parameters has been tested
threefold while the corresponding smoldering
accelerations are shown as the arithmetic averages. The
thermal stress was stopped after the self-sustaining
smoldering combustion was initiated, based on visual
observations (e.g. smoke emission, surface charring and
weight loss).
3.1 DENSITY AND FIBER SIZE
Initially, the influence of the density of the wood fiber
specimens on the smoldering acceleration is exemplarily
displayed for four target densities in a range of 100 to
400 kg/m³ with sf = 2.62 mm. The results for the timedependant progression of the smoldering velocities as
well as the derived smoldering accelerations are illustrated in Figure 9.

Figure 10: Smoldering acceleration against density for
sf = 2.62 mm

The results for the complete 4 by 3 matrix of the
investigated parameters density and fiber size are shown
in Figure 11. A comparison of the measured data
(represented by the red dots) and the subsequently
deduced non-linear surface approximation is presented
as well.
According to these results, the influence of the particle
size and density on the smoldering acceleration (as)
could be suitably described in the form (Equation 6):
1
𝑎𝑠 (𝜌, 𝑠𝑓 ) = 𝛼 ∗ 𝜌𝛽 + 𝛾 ∗ ( ) ∗ 𝑠𝑓
𝜌

(6)

where ρ = density, sf = median of fiber size distribution
and α, β, γ = experimental coefficients. The coefficient
of determination was calculated as R² = 0.9961.
The smoldering acceleration (z-axis), showed a
significant dependency on the density (x-axis) of the
specimens, which was ideally approximated as a power
function.
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Visual observations include short-time generation of
flames during the initial phase as well as continuous
smoke emission after the initiation, extensive charring
and a significant formation of ash. The radiative energy
needed for the initiation increased with higher densities.
The mass yields after the fading of the smoldering
combustion were below 5 % for each tested specimen.
The maximum temperatures measured inside the
specimens reached approximately 600 – 700 °C.
Significant correlations with the investigated parameters
could not be noticed.
3.2 BINDING AGENTS

Figure 11: Smoldering acceleration against density and fiber
size distribution (measured data vs. calculated values)

The fiber size distribution (y-axis), as previously
explained characterized by its median value, showed an
almost linear correlation with the smoldering
acceleration. Its decreasing impact with ascending
densities was incorporated via the reciprocal factor (1/ρ).
Concerning the validity of the proposed equation, an
interpolation within the investigated ranges for density
and fiber size distribution appears reasonable. On the
other hand, unrestricted extrapolations especially for
densities below 100 kg/m³ are not unreservedly
executable.
Another essential conclusion is that all investigated
specimens showed a positive value of the smoldering
acceleration, meaning the combustion process did not
self-extinguish beyond the phase of initial thermal stress.
Samples of tested specimens during the smoldering
combustion are illustrated in Figure 12 and Figure 13.

The influence of the different binding agents (15 %
starch vs. 5 % PMDI) is shown in Figure 14. Since
certain differences between target and actual densities
are inevitable due to the manufacturing process, the
values of the smoldering acceleration for the respective
sets of specimens are compared with the actual measured
values (dark blue) as well as the calculated ones (light
blue, based on Equation 6). For the evaluation, the
deviations in density of the specimens could be nullified
in the latter case.

Figure 14: Influence of the binding agents on the smoldering
acceleration (15 % starch vs. 5 % PMDI)

Figure 12: Wood fiber specimen shortly after the initiation of
the smoldering combustion

The results show a tendency for slightly increased
smoldering acceleration with PMDI. Note that an
unrestrained comparability with regard to the smoldering
behaviour cannot be established since different
concentrations of both binding agents were necessary to
obtain the targeted cohesiveness of the manufactured
fiber boards.
3.3 MOISTURE CONTENT
The influence of the moisture content of the specimens
on the smoldering acceleration is shown in Figure 15.

Figure 13: Wood fiber specimen at the end of the test
procedure
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4 DISCUSSION
The results of this experimental investigation agree with
the theoretical framework of the smoldering combustion
of porous organic materials as it is in the following
presented. Rein [8] summarised the combustion process
of an arbitrary solid fuel by the following global
reactions:
Pyrolysis:
Fuel(s)+Heat → Pyrolyzate(g)+Char(s)+Ash(s)
Figure 15: Smoldering acceleration against moisture content
of the specimens (ρt = 200 kg/m³ and sf = 0.71 mm)

The linear approximation is mainly shown to
demonstrate a typical tendency rather than to express a
specific mathematical correlation, especially because
high standard deviations of the obtained smoldering
acceleration under different moisture contents were
found. Nevertheless, the conditioning and the moisture
content of the specimens exert a considerable impact on
the smoldering acceleration.
3.4 FLOW STREAM VELOCITY
Note as the air flows in the combustion direction, the
testing procedure consists of a forward smoldering. Prior
to the tests for the influence of the vertical flow stream,
the compressed-air supply of the test bench has been
adjusted to induce average flow stream velocities of 0.0,
0.3 and 0.6 m/s respectively. The measurement was
conducted inside the void test chamber by use of a hot
wire anemometer at 9 horizontally distributed measurement points located at the lower surface of the
specimens.
The results for the flow stream velocity are shown in
Figure 16 and show a significant influence on the
smoldering acceleration. In principle, the smoldering
acceleration strictly increases with higher velocities. For
ascending densities, apparently a higher velocity is
needed to induce a noticeable effect. The best
approximations for the correlation between density and
the smoldering acceleration for the three velocities with
regard to the coefficients of determination are
represented by power functions (at 0.0 and 0.3 m/s) or
exponential functions (at 0.6 m/s) respectively.

Figure 16: Smoldering acceleration against density with
varying avg. flow stream velocities (sf = 0.71 mm)

Heterogeneous char oxidation:
Char(s)+O2(g) → Heat+CO2+H2O+other gases+Ash(s)
Gas-phase oxidation (flaming combustion):
Pyrolyzate(g)+O2 → Heat+CO2+H2O+other gases
Smoldering combustion will be the dominant mode if the
oxidation primarily occurs as a heterogeneous solid
phase reaction, while flaming combustion implies a
homogenous gas-phase reaction. Babrauskas [9] states,
that a porous or granular structure of the raw material is
necessary, as well as the formation of porous
carbonaceous char during the combustion without or
with at least limited tendencies of melting and shrinkage.
An illustration of the different zones of the smoldering
combustion was presented by Huang and Rein [10], who
performed an inverse modelling of the smoldering
combustion of peat. A reasonable level of comparability
between peat and wood fiber insulation is assumed due
to underlying structural and chemical similarities as well
as material properties.
Essentially the smoldering process can be subdivided
into a drying zone, a decomposition zone and a zone
including the residues. The drying zone incorporates
preheated material and the release of water vapour. The
decomposition zone combines the pyrolysis of dried
material as well as the succeeding exothermic oxidation
of the reactive char. A decisive feature for the
characteristics of the smoldering combustion is the
direction of the propagation front, distinguishable
between in-depth and lateral spread. The predication of a
considerable higher lateral spread rate could be verified
by the executed investigations.
As previously established, the fundamental aspect of the
smoldering combustion is the question concerning its
self-sustaining characteristic. According to Das [11],
who investigated the smoldering behaviour of cellulose
as the main component of wood fiber insulations, it is
required for a self-preservation that the generation of
heat compensates for the energy losses of the system.
As for possible heat sources, the oxidative decomposition of cellulose, the heterogeneous and highly
exothermic reactions of the pyrolysed char as well as the
homogeneous gaseous phase reactions are named,
Counteractive are the heat losses of the system, mainly
the endothermic pyrolytic decomposition of the cellulose
at low temperatures as well as the drying of the
insulation material.
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characterize the smoldering of wood materials, which
can be effectively utilized to quantify the process of
smoldering combustion.
The influence of certain material properties as well as
boundary conditions has been studied and analysed using
the proposed smoldering acceleration. The main results
are summarised as follows:
 Increasing densities significantly induce lower values
of smoldering acceleration
 Increasing fiber sizes slightly lead to a decrease,
effect diminishes with higher densities
 Higher moisture contents decelerate the smoldering
combustion
 Binding agent PMDI marginally tends to conduct an
increase in comparison to starch
 Higher flow stream velocities significantly lead to an
increase, especially at lower densities

Figure 17: Spread modes of 1-D smoldering combustion: (a)
lateral spread; and (b) in-depth spread [10]

As the primary determining factor regarding the
exothermicity of the reactions is the oxygen supply to
the reaction zone, the influence of the investigated
material parameters and boundary conditions becomes
apparent. The spatial gradient of the partial pressure of
oxygen, caused by the consumption of oxygen in the
course of the reactions, functions as the propelling force
for the transport of oxygen through the porous insulation
material. Lower densities of the specimens result in an
enhanced oxygen transport due to higher porosity and
permeability. As a secondary factor the improved
specific surface and accordingly the surface-to-volume
ratio of the fibers at lower densities invoke a spatially
larger reaction zone, which leads to increased heat
release rates.
Primary reason for the influence of the moisture content
on the smoldering acceleration is the phase transition
(liquid to gaseous) of the moisture (H2O) of the
specimens being endothermic, commonly quantified by
the enthalpy of vaporization. Secondary, the specific
heat capacity of water is considerably higher in
comparison to wood fibers, essentially meaning, that the
amount of energy needed to heat-up the specimens
increases with higher moisture contents.
The influence of the vertical flow stream mainly induces
two antagonising effects. While the flow stream leads to
a convective cooling and consequently a reduction of the
enthalpy of the specimens, it also amplifies the oxygen
supply as well as the transport to the reaction zone.
Under consideration of the aforementioned results, the
latter factor turns out to be predominant.

5 CONCLUSIONS
A new lab-scale testing apparatus and corresponding test
method for the investigation of the smoldering
combustion of wood fiber insulation materials has been
proposed. Additionally, an output testing variable, the
smoldering acceleration, has been introduced to

As the smoldering combustion is a highly complex
phenomenon, whose characteristics are depending on a
number of variables, the presented results are directly
connected to the developed experimental procedure. This
includes specifications like the geometries of the
specimens as well as the test chamber, the dimensionality of the propagation of the smoldering front, the
type of ignition or the convective flow field. While
quantifiable statements are not necessarily assignable to
other procedures or real assessments of potential fire
hazards, the test method is assumed to at least allow a
realistic predictability of the self-sustaining nature of the
smoldering combustion of wood fiber insulations as well
as potentially most insulation materials based on
renewable resource on a qualitative level. In the context
of normative test procedures, where the self-preservation
of the combustion process is a main factor regarding the
classification (e.g. the German “Brandschacht”-Test or
the test to determine a product’s propensity to undergo
continuous smouldering according to DIN EN 16733
[12]), the test method allows to forecast the results
effectively. In addition, due to chemical and physical
similitudes of the combustion behaviour, the testing
procedure and the results of this investigation are
assumed to be at least figuratively transferable to most
insulation materials based on renewable resources.
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THERMAL DEGRADATION OF WOOD FIBER INSULATION BORDS –
CHEMICAL ANALYSIS AND THE EFFECT OF FLAME RETARDANTS
Torsten Kolb1, Moritz Neumann2, Ludwig Hackl3

ABSTRACT: The objective of this investigation is to characterize and mitigate the thermal degradation of wood fiber
insulation boards and to analyze the released products. The effectiveness of different flame retardants has also been
investigated. Treated and untreated insulation specimens were manufactured at Fraunhofer WKI and the thermal
degradation process was characterized via thermogravimetric analysis (TGA) coupled with spectroscopic techniques. The
released products during the smoldering process were analyzed via ATR-IR spectroscopy and gas chromatography
coupled with mass spectroscopy. The decomposition process showed two distinct steps between 153 °C and 493 °C. The
main released chemical products included carbon dioxide, carbon monoxide and water. It was determined that many
products are generated during the smoldering process, being the levoglucosane the main product. The decomposition
temperature increased significantly by using treated fibres. The main product in case of flame retardant treated panels is
also carbon dioxide.
KEYWORDS: thermal degradation, flame retardant, fiber insulation panel, thermogravimetric analysis, Fourier
transform infrared spectrometer and mass spectroscopy

1 INTRODUCTION

123

The insulation of buildings and technical equipment is an
effective procedure to reduce the energy consumption.
There are two categories of insulation material. The first
are known as fossils like polystyrene or fiber insulation
products (rock and glass wool). The second are renewable
materials. Examples of the latter are wood fiber, cellulose
or hemp. The market share of the last category covers in
Germany up to 7.2% [1]. Insulation properties of wood
fiber insulation materials such as thermal conductivity,
heat capacity or sound absorption fairly compare to those
of conventional insulation materials [2]. A crucial
problem for the development of this renewable alternative
is however the smoldering combustion behavior during
and, in particular, after thermal exposure. Therefore,
wood fiber insulation boards are classified according to
DIN 4102-1 [3] as normally flammable. Paradoxically,
the fire behavior is not the reason for such classification,
but the smoldering phenomena being defined as the
flameless combustion of a material in the solid phase but
with emission of light from the combustion zone [4]. The
1 Torsten Kolb, Fraunhofer Institute for Wood Research
Braunschweig, Germany, torsten.kolb@wki.fraunhofer.de
2
Moritz Neumann, Fraunhofer Institute for Wood Research
Braunschweig, Germany
3 Ludwig Hackl, Fraunhofer Institute for Wood Research
Braunschweig, Germany

smoldering of wood based materials is a slow process.
The German “Musterbauordung” from 2002 requires for
surfaces, exterior walls and cladding for external walls as
well as insulation material for building classes four and
five flame resistant building materials in the category B1
according to DIN 4102-1. Thus, wood fiber insulation
boards are only utilizable after approval in each individual
case.
The objective of this investigation was therefore to
characterize and mitigate the thermal degradation of wood
fiber insulation materials. The characterization of the
generated solid liquid and gaseous product is another
important goal. The thermal mitigation was investigated
by applying several flame retardants.

2 MATERIAL AND METHODS
The tested pannels were manufactured at the Fraunhofer
WKI, in Braunschweig, Germany. Loose spruce fibers
were used in this investigation. The manufacturing
process of such insulation panels is in the following
explained.
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The first step of the manufacturing process of fibers is the
refining of debarked wood chips to wood fibers. The
clearance between the refiner plates was adjusted to
2 mm. The fiber size distribution was investigated with
the sieve analysis using air-jet sieve apparatus according
to DIN EN ISO 4610 [5]. The median value was
determined as 0.7 mm [6]. The fibers were dried in a blow
line to moisture contents of approximately 6% to 10 %.
Some of the fibers were sprayed with solutions or
dispersions of flame retardants in the blow line before the
fibers were dried. The treated and untreated fibers were
continuously processed up to cast the wood fiber
insulation board. For this end, the fibers were weighted
and mixed in a ploughshare mixer by dry-processing in
combination with potato starch as a binding agent. The
pressing of the insulation boards was executed in two
steps. The mixtures were manually distributed in a
compacter, pre-condensed and removed from the form. In
a hot press, the boards were uniaxially pressed to its target
densities for 15 minutes at core temperatures of roughly
80 °C to 100 °C. After deactivation of the heater, the
elements remained in the press for 16 hours. Nearly all
parameters were kept constant during the manufacturing
process with the exception of the flame retardants. The
processing parameters are shown in Table 1.

Subsequently, the gases were measured online at a
temperature of 200 °C. All Components being IR active
between 450 cm-1 and 4500 cm-1 could be detected via IR
spectrometer. The mass spectrometer was able to detect
all fragments with mass to charge (m/z) values between 4
and 132. The heat flow was measured simultaneously in
the TGA as a function of temperature.
The smoldering combustion was determined beside the
thermal analysis at the Fraunhofer WKI testing facility as
shown in Figure 1. The details for the development of
such device are described by Neumann et al. [6].
The test chamber consisted of a steel-glass construction
with interior dimensions of 200 x 200 x 400 mm. The air
supply was inserted in the bottom of the test chamber and
conducted through a socket containing glass pellets and a
felt insert in order to distribute the fluid flow across the
whole cross section of the test chamber. The exhaust for
the gaseous combustion products was positioned at the
upper backside of the chamber.
The initial thermal stress on the test specimens was
exerted by a ceramic igniter with a heatable surface of
7.5 cm², an emissivity of 0.9 and a variable temperature
with a maximum of 900°C.

Table 1: Characteristics of wood fiber insulation material.

Property
Density [kg/m³]
Particle size median [mm]
Binder (starch) [%]
Flame retardant [%]

Value
200
0.7
15
10-20

The spruce fibers were treated with different flame
retardants to investigate distinct measures to mitigate the
thermal degradations. Five different flame retardants were
applied for the thermogravimetric (TGA) analysis. On the
one hand, the classical flame retardant ammonium
polyphosphate in two different phase II types (APP SVN
and APP SD2) was added to the fibers. On the other hand,
three additional miscellaneous components were utilized
including MDL 915 (ammonium salts of strong acids),
Ecoaphos ASB (different organic and inorganic acids)
and Ecoaphos ACC (different organic and inorganic
acids).
The thermal stability of the material was studied by a
TGA apparatus manufactured by Mettler Toledo which
was coupled with a Nicolet 6700 Fourier transform
infrared spectrometer (FTIR) with TGA-FTIR Interface
from thermos Scientific and a Thermostar mass
spectrometer (MS) from Pfeiffer Vacuum. As a result,
generated gases and gravimetric weight loss were
measured online during the thermal degradation. A small
amount of the insulation material (~ 60 µg) was heated up
from 25 °C to 1000 °C with a heating rate of 10 K/min
under simulated air, nitrogen or oxygen atmosphere. The
gas flux was set up to 50 ml/min. In the case of simulated
air, the gas mixture consisted of 10 ml/min oxygen and
40 ml/min nitrogen. The gases being generated during the
decomposition of the fiber material were guided through
heated tubes to the FTIR and a mass spectrometer.

Figure 1: Final version of the Fraunhofer WKI testing facility
for the determination of the smoldering behavior of wood
based materials.

The specimen was attached to an external subsurface
high-precision scale to enable quasi-continuous
gravimetry in definable intervals (typically 10 s) during
the smoldering combustion process. Temperature
measurements inside the specimens were optional via
thermocouples type K.
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The above described testing is required to determine the
products during the smoldering combustion process. It is
possible to identify the solid, the liquid and the gaseous
components produced during the smoldering combustion.
An attenuated total reflection infrared spectroscope
(ATR-FTIR) from Thermo Scientific was used to
determine IR active solid products between 4000 cm-1 and
450 cm-1. Not only the black materials which were
generated during the smoldering test were analyzed, but
also the “normal” wood fiber insulation boards were
characterized with this technique.
The liquid and gaseous products were collected with
different collectors during a test at the Fraunhofer WKI
testing facility (Figure 1). On the one hand, active
sampling through absorbing agents like charcoal and
XAD7 (Non-ionic macro reticular resin) were
determined. A diffusive sampler via solid phase
microextraction was utilized. Tannins being condensed on
the windows inside the WKI testing chamber during the
experiment were collected by means of towel after the
experiment.
All gases and liquid components were separated in a gas
phase chromatograph and analyzed by the use of a mass
spectrometer.

3 RESULTS
3.1 THERMAL STABILITY OF WOOD FIBER
INSULATION
BORDS
USING
THEROMOGRAVIMETRIC ANALYSIS
The thermal stability of wood fiber insulation boards was
studied by coupling TGA, MS and FTIR spectrometer
under different atmospheres between 25 °C and 1000 °C.
The results of that analysis are shown in Figure 3 to Figure
5. Apart from the moisture effect, the fibers decomposed
in two steps under nitrogen and air atmosphere and in one
step under oxygen.
As shown in Figure 3 and Figure 4, the thermal
degradation under nitrogen and air occurs in two steps.
The first step occurred between 147 °C and 364 °C, while
the second showed between 364 °C and 493 °C for air
atmosphere and between 327 °C and 1000 °C for the
nitrogen case. Wood fiber insulation material degrades
under oxygen atmosphere in one step between 156 °C and
310 °C.

Figure 3: Weight loss, differential weight loss and the
development of CO2 and CO concentration of untreated spruce
fiber as a function of temperature under nitrogen atmosphere.

Figure 2: smoldering experiment for determining polycyclic
aromatic hydrocarbons (PAK).

The concentration of generated polycyclic aromatic
hydrocarbons (PAK) during the soldering process were
determined in a smoldering experiment as shown in
Figure 2. The wood fibers were thermally decomposed
under nitrogen in such device at a temperature of 600 °C.
The gases occurring during that process were collected in
glass wool and two different solvents. After extraction,
the mixture of components was injected in a gas phase
chromatograph and the separated components were
analyzed in a mass spectrometer. The concentration of
every PAK was calculated from the area of the gas
chromatogram. To this end, the gas phase chromatograph
was calibrated with the corresponding reference material.

Figure 4: Weight loss, differential weight loss and the
development of CO2, CO, O2 and H2O concentration of
untreated spruce fiber as a function of temperature under air
atmosphere.

The three main chemical components of the wood, i.e. the
cellulose, hemicellulose and lignin, showed different
degradation temperatures. Hemicellulose decomposed
prior to cellulose and lignin degraded along both steps. By
computing the first derivative of the mass loss, it was
found that the temperature where most of the materials
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were thermally decomposed shifted from 358 °C to
300 °C when the atmosphere was changed from nitrogen
to oxygen. In the last case, the decomposition occurs
through a very small range. The insulation boards were
completely decomposed at the end of the experiment
(1000 °C) if oxygen was present. However, there was a
residual yield of approximately 12.5% in the case of a
nitrogen atmosphere.

reaction. The oxygen is available in excess and reacts like
a catalyst. Thus, the degradation occurs at a small
temperature region.
The measurement under an air atmosphere was between
the two extrema oxygen and nitrogen. As a result,
observation from both atmospheres was made.
The main gases being generated during the
thermogravimetric analysis for the three atmospheres are
shown in Figure 3 to Figure 5. The major detected gas
recorded in the FTIR or the MS was carbon dioxide
followed by carbon monoxide and water. The
concentration of Carbon monoxide was under a nitrogen
atmosphere higher than under oxygen conditions. The
reason is that the oxygen molecules are in the first case
bonded. In the case that cellulose has only six oxygen
atoms for six carbon atoms in one glucose unit, it resulted
in a shortfall of oxygen and a higher concentration of
carbon monoxide. The glucose unit decomposed in the
following way:
→

Figure 5: Weight loss, differential weight loss and the
development of CO2 and CO concentration of untreated spruce
fiber as a function of temperature under oxygen atmosphere.

From the chemical point of view, the three main
components of wood fiber were complex polymeric
molecules. The chemical structure of cellulose is shown
in the Figure 6.

(1)

The coefficients l, n, m, o and p depend on the atmosphere.
l is zero in the case of pure nitrogen. As a result, n and o
will reach higher values in comparison to an oxygen
atmosphere were l is greater than zero. The oxygen
concentration from the surroundings decreased, which
shows that this is a necessary component for the process.
This gas is indeed very important for the wood oxidation.
3.2 ANALYSIS OF THE RELEASED PRODUCTS
AT THE WKI TESTING FACILITY
The chemical analysis of gaseous, liquid and solid
products being generated during smoldering is presented
in the following.

Figure 6: Chemical structure of cellulose.

The hemicellulose shows a similar structure, but it also
has some branched chains in the molecule. The last main
constituent lignin is a variable macromolecule assembled
from different unsaturated monomer units. Thus, the
thermal degradation of wood fiber insulation material is a
complex process with a wide range of products, which is
discussed more in detail in the following.
There are two main effects that influence the degradation
process. These are thermal and oxidative processes. Thus,
the depolymerisation of the wood fiber and subsequent
reaction to smaller molecules occurs in the absence of
oxygen over a wide range. It is also possible to observe
the degradation of cellulose and hemicellulose separately
under nitrogen. A residual of around 12% was observable
at the end of the experiments with nitrogen at a
temperature of 1000 °C. On the one hand, chemical bonds
in the three wood fiber components were breakable if a
special temperature was exceeded. The results were
reactive radicals which can react with other molecules.
The oxygen in the molecules was able to react with
intramolecular carbon and hydrogen.
Cellulose, hemicellulose and lignin were easily oxidized
in the presence of an oxygen atmosphere. A lower
temperature was required on the atmosphere to start the

3.2.1 Analysis of Solid Products
The solid products were analyzed by comparison of
ATR-IR spectra of wood fiber insulation boards before
and after the smouldering experiments. The results are
shown in Figure 7 (before) and in Figure 8 (after) for
different insulation boards. The fiber size varied beside
the binder. The bulk density of 200 kg/m³ was kept
constant for this experiments.
Three characteristic chemical groups were detected with
the ATR-IR spectroscopy in the wood fiber insulation
material. A characteristic peak at a wavelength of
3330 cm-1 was the OH bond stretching vibration, as well
as the C-H bond stretching vibration at a wavelength of
2895 cm-1. A wavenumber of 1510 cm-1 was typical for
C=C aromatic symmetrical stretching. A C-C, C-OH and
C-H vibration is found at a wavenumber of 1026 cm-1.
The peaks were assigned after comparison with the results
of reference [7]. All of these peaks are typical for the
components in wood fibers.
The IR spectra being shown in Figure 8 is different in
comparison to the IR spectra of raw material. The typical
peaks for OH or CH groups are missing. This correlates
with the visual observation of the product, as the entire
material had a black color. As described by Antal [8], the
one solid product during the pyrolysis of wood fiber is
char.
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The measurements to detect the solid products after the
smoldering process were executed with different wood
fiber boards. There was no change in the IR spectra before
the smoldering experiments if different fiber sizes and
binders were used. The first parameter (fiber size) did not
change the chemical structure of a material and the second
(binder) was added as an additive in a low concentration.
Nearly all materials of the insulation board were
decomposed. However, there were some peaks in the IRSpectra which were characteristic for starch (1708 cm-1)
or PMDI (1246 cm-1).
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Figure 7: ATR-IR spectra of different untreated wood fiber
insulation boards (A: Binder: Starch, fiber size median:
0,71 mm; B: Binder: PMDI, fiber size median: 0,71 mm; C:
Binder: Starch, fiber size median: 2,62 mm; D: Binder: PMDI,
fiber size median: 2,62 mm).
105

Transmission

100
95
90
85
80
75
4000

A
B
C
D

3500

3000

2500

2000

1500

Wavenumber [cm-1]

1000

Figure 8: ATR-IR spectra of different untreated wood fiber
insulation boards after the smoldering process (A: Binder:
Starch, fiber size median: 0,71 mm; B: Binder: PMDI, fiber size
median: 0,71 mm; C: Binder: Starch, fiber size median:
2,62 mm; D: Binder: PMDI, fiber size median: 2,62 mm).

3.2.2 Determination of Gaseous and Liquid Products
The analysis of liquid and gaseous products was
performed during smoldering at the WKI testing facility.
The main measured products are shown in Table 2.
Levoglucosan, also known as 1,6-anhydro-D-glucose,
propanoic acid ethyl ester and substituted phenols were
the main products.

The general decomposition mechanism of cellulose is
shown in the following scheme (Figure 9):

Figure 9: General mechanism of cellulose decomposition [9].

Such mechanism can be represented by two competing
reactions. Cellulose is reacting endothermic to
anhydrocellulose at low temperatures. At higher
temperatures the more endothermic unzipping reaction is
initiated to form tar. The formed anhydrocellulose is
decomposing at higher temperatures to char and gases
[10]. The mechanism of this process is very complex and
described by Shen and Gu [11]. They assumed different
pathways. Breaking the oxygen carbon bond being over
the sixth membered ring was the first step. Then, there
were several decomposition paths to form the different
products. The main detected product was levoglucosan,
and this is one type of anhydrocellulose. The mechanism
for decomposition of hemicellulose was similar.
The molecular structure of lignin was different in
comparison to cellulose. There were many unsaturated
arene rings in a lignin molecule. This complex lignin
structure was decomposing to substituted phenol.
Table 2: List of main gaseous and liquid products after the
smoldering process. (main product is on the top)

Product
levoglucosan
propanoic acid ethyl ester
2-methoxy-4-methylphenol
2-methoxyphenol
1,4:3,6-dianhydro-α-d-glycopyranose
Hexanedioic acid bis(2-ethylhexyl) ester
vanillin
2-methoxy-4(1-propenyl)-phenol
2,3-dimethyl-1,3-pentadiene
2-methoxy-4-vinylphenol
2-methyl-2-propenoic acid
4-ethyl-2-methoxy-Phenol
Toluene
trans-3,4-dimethylcyclopentanone
1,2-dimetyl cyclohexane
1,2-dimethyl-cis-cyclohexane
2-methyl-3-heptene
methyl isobutyl ketone
Furfural
1,2,4-trimetyl-cyclohexane
The concentrations of polycyclic aromatic hydrocarbons
were analyzed in detail during the smoldering experiment
shown in Figure 2. Fifteen substances were detected
during such experiment. Penanthrene and fluorine
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(Figure 10) are the main polycyclic aromatic
hydrocarbons being released at the testing facility.

above 250 °C to meta-phosphoric acid and ammonia. This
reaction is presented in the following reaction equation:

(NH 4 PO3 )n

Figure 10: Chemical structure of fluorene (left) and
penanthrene (right).

This substrate classes were suspected not to only be a
general health hazard, but even carcinogenic. The two
main PAKs (penanthrene and fluorine) are not
carcinogenic, all the other PAK were released in lower
concentrations during the experiments at the WKI test
facility.

(1)
→ NH 3 + (HPO3 )n
The gaseous ammonia was lost as indicated in the mass
loss and the meta-phosphoric acid reacted with the fiber
surface to protect the fibers. The effects of protected fibers
can be appreciated at the higher degradation temperature
where the second step takes place. Therefore, the
degradation process occurs over a wider temperature
range between 300 °C and 750 °C in comparison to the
untreated fibers (350 °C - 450 °C). As a result, the
investigated flame retardants are suitable to improve the
resistance of such a material against fire. It was however
not possible to stop the smoldering after removal of the
thermal source, and only the time to ignite the boards was
increased
Δ

Table 3: Concentration of PAK in mg/kg of insulation material

PAK
Acenaphthene
Acenaphthylene
Anthracene
Benz[a]antracene
Benzo[a]pyrene
Benzo[b]fluoranthene
Benzo[g,h,i]perylene
Benzo[k]fluoranthene
Chrysene
Dibenz[a,h]anthracene
Flouranthene
Fluorene
Naphthalene
Phenanthrene
Pyrenees
Sum of PKA

Conc. [mg/kg]
1,49
2,56
1,92
0,74
0,43
0,34
0,14
0,07
0,35
0,30
1,36
5,15
0,37
5,85
1,59
22,7

Figure 11: Weight loss as a function of the temperature for
treated and untreated spruce fiber.

3.3 INFLUENCE OF FLAME RETARDANTS ON
THE THERMAL STABILITY OF WOOD
FIBER INSULATION BOARDS
Spruce wood fibers were treated in the blow line with
different flame retardants in order to analyze the influence
its influence. The flame retardants used for this analysis
included:
• APP F72 SD2 from EcoChem,
• APP F72 SVN from EcoChem,
• MDL 915 from EcoChem,
• Ecoaphos ACC from Ecoatech and
• Ecoaphos ASB from Ecoatech.
The influence of temperature on the weight loss of both
treated and untreated fibers were analyzed via TGA. The
results are illustrated in Figure 11. Unlike to the untreated
fibers, the degradation of all treated fibers occurred in two
steps. Though the first step was earlier in comparison to
the untreated fibers. However, the treated fibers had at the
first step a weight loss of 35% to 50% and the pure spruce
fiber lose up to 80% of their weight. That is the typical
temperature range for generating the secured species of
the flame retardant, i.e. ammonia polyphosphate reacts

Figure 12: Detected gases at a temperature of 420 °C for
treated and untreated spruce fiber insulation material.

The produced gases released during the thermal analysis
seems a very important aspect of this process. Figure 12
shows the produced gases in the TGA at 420 °C and
recorded in the FTIR spectrometer. Most materials were
converted at this temperature. Carbon dioxide, which
shows two peaks in the IR spectra (the antisymmetric
stretch at 2349 cm-1 and the deformation stretch at 667
cm-1), was the main product during the thermal

WCTE 2016 e-book | 3988

95

Transmission

100
90
80
70
60
50
40
30
4000

untreated
MDL
Ecoaphos ASB
Ecoaphos ACC
APP SVN
APP SD2
3500

3000

2500

2000

Wavenumber [cm-1]

1500

1000

Figure 14: ATR-IR spectra of treated and untreated wood fiber
insulation boards after a test in the Fraunhofer WKI testing
facility.

100
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characteristic feature for the two degradation steps. In
comparison to the untreated fibers, the peaks were lower
after a treatment with flame retardants. This means that
the energy released during the process reaches lower
values. Thus, the fibers were protected by the flame
retardants, at least to a certain temperature level.

Transmission

degradation of treated and untreated spruce fiber. Water,
carbon monoxide and some components with the formula
R1R2C=O were other additional products. The latter was
mainly detected in the case of using Ecophos ACC as
flame retardant. There is no special knowledge about the
chemical composition of Ecoaphos types (different
organic and inorganic acids) and the MDL 915
(ammonium salts of strong acids). It is only known, that
these flame retardants are helpful to influence the
smoldering process. As described before, the investigated
materials did not stop the smoldering process.
The influence of the flame retardants on the smoldering
process of wood fiber insulation boards were done
without determining the liquid and gaseous products.
Thus, ATR-IR spectra of fiber boards before and after the
experiment at the Fraunhofer WKI testing facility for the
determination of the smoldering behavior were recorded.
The results are illustrated in Figure 13 and Figure 14. The
typical peaks for wood fiber insulation boards are
illustrated in the first of those figures. The discussion is
presented in the section 3.2.1. There are no typical peaks
for the flame retardants because of the low concentration
of about 10% to 20%.
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Figure 13: ATR-IR spectra of treated and untreated wood fiber
insulation boards.

After the smoldering experiments, typical wood color of
all investigated material is changed to black. The visible
observations can be explained by analyzing the results of
the ATR-IR measurements as shown in Figure 14. The
typical IR peaks measured before the experiments were
not available for treated and untreated material after the
experiment. The residual yield consisted only of char.
Some small peaks were available for wood fiber
insulation boards which were treated with the two APP
types. A wavenumber of 1510 cm-1 is typical for C=C
aromatic symmetrical stretching. A C-C and C-H
vibration is found at a wavenumber of 1026 cm-1. There
was also a bride peak around 2700 cm-1 which is typical
for C-H valence stretch. This shows that the insulation
board was not completely destroyed, which means that the
flame retardants were effective.
Another important fact is the generation of heat during the
thermal degradation in the TGA, as shown in Figure 15.
The fact that there are two peaks for treated and untreated
wood fiber insulation boards is important. These peaks are

Figure 15: Development of heat flow as a function of the
temperature for treated and untreated wood fiber insulation
boards.

4 CONCLUSIONS
The thermal stability of treated and untreated wood fiber
insulation material under different atmospheres was
investigated during this research. The products released
during smoldering were analyzed at the WKI testing
facility. Fibers being protected with flame retardants
showed higher thermal stability between 300 °C and
700 °C in comparison to untreated fibers. Carbon dioxide,
carbon monoxide, water and chemical agent with a C=O
fragment were the main products during the degradation
process in both cases. The absence of oxygen in
atmosphere increased the temperature range for the
degradation process.
A wide range of liquid and gaseous products were
generated being levoglucosan the main product. Char was
the only solid product. The analyzed flame retardants
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reduced the released energy, and increased the protection
against fire, however they were not able to stop the
smoldering process. These results should contribute to
improve the fire resistance of wood fiber insulation
panels.
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NUMERICAL ANALYSIS ON THERMO-MECHANICAL BEHAVIOUR OF
TIMBER MEMBERS UNDER FIRE EXPOSURE
Yuexiang Wang1, Jin Zhang 2, Linfeng Li3
ABSTRACT: A three-dimensional finite element model is developed to predict the thermo-mechanical behaviour of
timber members under fire exposure. To manage the plastic yielding of the materials, the mechanical model of timber is
based on the classical heat transfer theory and Yamada-Sun yield criterion. In fire, the material characteristics depend
on the temperature. Two different meshes are used for the thermal and the thermo-mechanical models. The thermal
model is used to predict the evolution of the temperature field. The mechanical model is validated by comparison with
the experimental results of timber beams in normal temperatures. The thermo-mechanical model is validated by
considering the experimental fire resistance rates and slip-time curves. The numerical models showed a good capacity
to simulate the behaviour of the timber members in both normal and fire conditions.
KEYWORDS: Timber members, Fire resistance rate, Thermo-mechanical model, Finite element modelling

1 INTRODUCTION 123
As wood is a combustible material, fire safety represents
an important area of implementing the protection of
timber buildings. Researchers have since shown that
wood behaves honourably under fire exposure [1-4].
Wood, indeed, burns slowly, and the charcoal layer is
generated on its surface, which acts as the insulation and
protection of the inner core materials. But the
combustion in the surface reduces the effective size and
strength of the cross section at the same time. Wood’s
charring rate is relevant to the density, oxygen
permeability, moisture content, thermal flux, geometric
size, atmospheric conditions of chemical component and
other various factors.
Due to the complexity of the physical properties of wood,
the establishment of the constitutive relation model is
somewhat difficult. Moreover, due to the high cost and
complexity of the experiments in timber members under
fire exposure, the number of experimental data and
numerical models is still limited. It is only very recently
that some notable results were made to establish the
numerical model of timber members in fire conditions.
In fire conditions, the description of the fire performance
of timber members is difficult to proceed. Thus
numerical analyses remain the reasonable way to predict
the thermo-mechanical behaviour of timber members.
The results of the numerical investigations on thermomechanical behaviour of timber members are presented.
In this paper, first, numerical models on the basis of the
classical heat transfer theory and Yamada-Sun yield
criterion [5] for the orthogonal anisotropy timber are
1 Yuexiang Wang, Southeast University, P.R. China
2 Jin Zhang, Southeast University, Sipailou 2#, Nanjing,
Jiangsu Province, P. R. China. Email: zhangjin@seu.edu.cn
3 Linfeng Li, Southeast University, P.R. China

presented. Yamada-Sun yield criterion is chosen to judge
whether wood yields. The establishment of the wood
progressive damage evolution model is described by
considering wood tensile brittle fracture and ductile
compression failure characteristics. Linear softening
damage model is used in brittle failure and elastic
perfectly plasticity in plastic failure by considering the
progressive failure model presented by Sandhass [6].
The damage grade of wood is represented with a damage
variable which can be used in replacing the yield
material with the reduced material stiffness matrix. The
orthotropic elastic behaviour, plastic anisotropic
hardening, large deformations and the effect of heat are
taken into account in the model. Heat-structure coupling
models are implemented with Abaqus/Explicit [7] finite
element software using Fortran VUMAT subroutine
codes, which is a program interface provided by Abaqus
to the user defined material constitutive relationship, it
can predict the ultimate load at initial failure and
decrease the stresses in the element to zero once the
failure criterion is satisfied. The damaged elements can
be removed automatically as the crack initiated and
developed.
Second, the mechanical model is validated through the
element tests in room temperatures. The single element
geometry is simple, has less integration points and clear
boundary conditions. It is easy to find subroutine
problems and can effectively improve the efficiency of
the subroutines debugging. The element tests consist of
the uniaxial compression and the tension which are
divided into three directions. The subroutine will be
given by the default material parameters of the wood in
the calculation process.
Then, the previous experimental results in normal
conditions, used to validate the numerical models, are
presented. This study relies on the experimental results
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𝜀𝑖𝑗 are the stress and strain components. The elastic
properties can be written as:
𝐸1 ν21 = 𝐸2 ν12
𝐸1 ν31 = 𝐸3 ν13
𝐸2 ν32 = 𝐸3 ν23

Longitudinal
tension
Tangential and
radical tesion
Longitudinal
compression
Tangential and
radical compression

(2)

Normal Stress

of experiment performed by Yang [8]. A total of two
series of bending experiment of LVL beams in normal
temperatures are tested.
Finally, the thermo-mechanical model is validated
through comparison with experimental results given by
Fragiacomo [9] in fire conditions. The comparison is
based on the evolution of the fire resistance rates and
timber slip which depend on the time of exposure to fire.
The fire resistance given by the numerical model is
defined by the energy-time curves. The load with
different load ratios applied during the test is also
applied in the thermo-mechanical model, and it remains
constant during all the heating process.
This study presents a three-dimensional numerical model
developed can represent the thermo-mechanical
behaviour of timber members under fire exposure well.
In this study, the analysis concerned timber members
loaded in tension parallel to grain and bending. The
extension of the study is in progress, using the same
thermo-mechanical model, to analyse timber with
different geometrical configurations (load perpendicular
to grain). The final goal of all these studies is to
understand the behaviour of timber to improve their
design and to propose more realistic analytical models to
be used by the engineers to design timber buildings
safely.

Xt

Yt or Zt
Strain
Yc or Zc
Xc

Figure 1. The relationships between stress and strain of wood

2 MATHEMATICAL MODEL FOR
THERMO-MECHANICAL BEHAVIOR
OF TIMBER
2.1 CONSTITUTIVE OF WOOD
Wood is a non-uniform and anisotropic material. The
complexity of the constitutive relation (as shown in
Figure 1) is due to the brittle fracture under the tensile or
shear force, plastic deformation under the pressure and
the different strength of tension and compression.
The anisotropic wood is simplified as an orthotropic
material in the elastic stage. And the elastic constitutive
equation is written as
𝜎11
𝐷11
𝜎22
𝐷12
𝜎33
𝐷13
𝜎12 = 0
𝜎13
0
[𝜎12 ] [ 0

𝐷12
𝐷22
𝐷23
0
0
0

𝐷13
𝐷23
𝐷33
0
0
0

0
0
0
𝐷44
0
0

0
0
0
0
𝐷55
0

0 𝜀11
0 𝜀22
0 𝜀33
0 𝜀12
0 𝜀13
𝐷66 ] [𝜀23 ]

With
𝐷11 = 𝐸1 (1 − ν23 ν32 )𝛾;
𝐷22 = 𝐸2 (1 − ν13 ν31 )𝛾;
𝐷33 = 𝐸3 (1 − ν12 ν21 )𝛾;
𝐷12 = 𝐸1 (ν21 + ν31 ν23 )𝛾;
𝐷13 = 𝐸3 (ν13 + ν12 ν23 )𝛾;
𝐷23 = 𝐸2 (ν32 + ν12 ν31 )𝛾;
𝐷44 = 2𝐺12 ; 𝐷55 = 2𝐺13 ; 𝐷66 = 2𝐺23;
γ = (1 − ν12 ν21 − ν23 ν32 − ν31 ν13 − 2ν21 ν32 ν13 )−1

Figure 2. Coordinate system for timber

The yield strength of wood in three directions (L, R and
T) is different. The yield criterion for anisotropic
material is described by Yamada and Sun [5] as
(1)

where 𝐸1 , 𝐸2 , 𝐸3 are the young’s elastic modulus as
shown in directions L, R, T given in Figure 2, 𝐺1 , 𝐺2 , 𝐺3
are the shear modulus, and ν𝑖𝑗 is Poisson’s radio, σ𝑖𝑗 and

𝐹=
𝐹=
𝐹=

2
𝜎11

𝑋2
2
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𝑍2

+
+
+
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𝜎12

2
𝑆𝑋𝑌
2
𝜎12

2
𝑆𝑋𝑌
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2
𝑆𝑍𝑋

+
+
+

2
𝜎31
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𝑆𝑍𝑋
2
𝜎23

2
𝑆𝑌𝑍
2
𝜎23

2
𝑆𝑌𝑍

≤1
≤1

(3)

≤1

where F is the yield function, X, Y and Z are the tensile
or compressive strength of the three directions (L, R and
T) defined by 𝜎11 , 𝜎22 and σ33 , 𝑆𝑖𝑗 are the shear strength
in the 𝑖 − 𝑗 plane.
Wood initials damage once 𝐹 ≥ 1 . The progressive
failure model is described in [10] by considering the
damage and continuously reduction of the material
strength and elastic modulus. This model is on the basis
of the Continuum Damage Mechanics (CDM) theory, the
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𝑑𝑐 ,
𝑑𝐿 = { 𝐿𝑡
𝑑𝐿 ,
𝑑𝑅𝑐 ,
𝑑𝑅 = { 𝑡
𝑑𝑅 ,
𝑑𝑐 ,
𝑑 𝑇 = { 𝑡𝑇
𝑑𝑇 ,

𝜀11 < 0
𝜀11 ≥ 0
𝜀22 < 0
𝜀22 ≥ 0
𝜀33 < 0
𝜀33 ≥ 0

(4)
(5)
(6)

where 𝑑𝑖 are damage variables in longitudinal, radial and
tangential directions, 0 ≤ 𝑑𝑖 ≤ 1. Wood is not damaged
when 𝑑𝑖 = 0, and completely damaged when 𝑑𝑖 = 1. 𝑑𝑖𝑐
and 𝑑𝑖𝑡 are compressive and tensile damage variables in
longitudinal, radial and tangential directions, 𝜀11 , 𝜀22 and
𝜀33 are principal strains in the three directions above.
In order to define the damage variable function, the state
variable κ, which changed with the loading history, is
introduced. Yield function includes state variable κ and
Yamada-Sun yield function are given as follows:
∅(𝐹, 𝜅) = 𝐹 − 𝜅 ≤ 0

(7)

According to second Karush–Kuhn–Tucker conditions
[*-*], when loading
∅̇ = 𝐹̇ − 𝜅̇ = 0

(8)

where 𝐺𝑓 is the fracture energy, 𝐿𝑐 is the element
characteristic length of finite element mesh.
2.3 MECHANICAL MODEL OF WOOD IN FIRE
CONDITIONS
Considering wood is a combustible material, with the
increase of temperature and the different charring rates,
the strengths, elastic modulus and fracture energy are
under massive changes during fire exposure. Based on
the previous works done in this area, the reduction
models of modulus of elasticity, strength of tension and
compression and modulus of shearing are presented as
follows (*-*).
The reduction model of elastic modulus presented by
König [14] was bilinear with a breakpoint at 100℃, see
Figure 5, with coordinates of the breakpoints determined
by calibration. The compression and tensile modulus of
elasticity at elevated temperature are in the same order of
magnitude, and the variations of moisture content and
wood creep are taken into account at the same time. This
reduction model has been adopted by EC5 [2].
1
Reduction of modulus of elasticity

stiffness matrix D or compliance matrix C is modified by
considering the nonlinear properties of the material, the
damaged material is replaced by reducing the
performance of the material properties. Damage variable
𝑑𝑖 is introduced in three directions to represent the
failure evolution process in the extent of the damage, and
these variables are gradual accumulation, this is due to
the wood will not automatically heal after damage.

0.4

(9)

where 𝜅 𝑡 represent the state variable of each time (t)
increment. It can be seen that κ is always bigger than 1,
and once the wood initials damage in the loading process,
κ increases, and thereby damage variable D will continue
to increase up to 1.
2.2 MESH SENSITIVITY
In continuum mechanics, the material strain softening
leads to strain localization. With the refinement of the
mesh, the dissipation of energy is reduced, and the
results of finite element calculation are heavily
dependent on the size of the mesh. Lapczyk [12] showed
with the finite element numerical examples, that the
dissipation of energy is proportional to the volume of the
yield unit, and is not proportional to the surface area of
the fracture. In order to solve this problem, this paper
considers the crack band method given by Lapczyk,
Sandhass [13] as:
𝑔𝑓 =

𝐺𝑓
𝐿𝑐

(10)
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Figure 5. Effect of temperature on modulus of elasticity
presented by König[14]
1
Reduction of modulus of elasticity

𝑖𝑛𝑐𝑟=0,𝑡
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According to Maimi [11], (8) can be written as
𝜅 𝑡 = 𝑚𝑎𝑥 {1, max [𝐹 𝑖𝑛𝑐𝑟 ]}
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Figure 6. Reduction factor for strength versus temperature
presented by EC5 [2]

The values for strength reduction used in this paper were
given by EC5 [2] as showed in Figure 6. A simple
bilinear relationship was chosen with a breakpoint at
100 ℃ . For compression and shear with both stress
components perpendicular to grain, the same reduction
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of strength may be applied as for compression parallel to
grain.
The stiffness matrix of damaged element is reduced
when the wood is damaged. According to Linde [15],
stress strain relationship in stiffness matrix reduction is
shown as:
𝜎 = 𝐷𝑑𝑎𝑚𝑎𝑔𝑒 𝜀
(11)
With
𝐷𝑑𝑎𝑚𝑎𝑔𝑒
𝛼𝐷11
0
0
=
0
0
[ 0

𝛼𝛽𝐷12
𝛽𝐷22
0
0
0
0

𝛼𝛾𝐷13
𝛽𝛾𝐷23
𝛾𝐷33
0
0
0

0
0
0
𝛼𝛽𝐷44
0
0

0
0
0
0
𝛼𝛾𝐷55
0

0
0
0
0
0
𝛽𝛾𝐷66 ]
(12)

where 𝛼 = 1 − 𝑑𝐿 , 𝛽 = 1 − 𝑑𝑅 , 𝛾 = 1 − 𝑑 𝑇 . When the
wood is not yielding, 𝑑𝐿 = 𝑑𝑅 = 𝑑 𝑇 = 0, the stiffness
matrix is consistent with the elastic stage.
Due to the lack of previous studies, there is little
experimental data on the fracture properties of wood
under elevated temperature. In this paper, the fracture
energy can be referred to the results of Sandhaas [13],
which is assumed to be proportional to the tensile
strength of the wood parallel to grain.
2.4 FE MODEL WITH ABAQUS/EXPLICIT
SUBROUTINE
Due to the wood material behaviour is not fully
presented in industrial software currently, the
constitutive model was implemented in Abaqus/Explicit
[7] finite element software using Fortran VUMAT
subroutine codes to simulate the fire behaviour of timber
members.
The VUMAT user material subroutine is a program
interface provided by Abaqus to the user defined
material constitutive relationship, it can predict the
ultimate load at initial failure and decrease the stresses in
the element to zero once the failure criterion is satisfied.
The damaged elements can be removed automatically
once the failure initiated and developed.

in room temperatures. In the element tests,
Abaqus/Standard is used in the general implicit module
calculation, VUMAT for Abaqus/Explicit is used in
dynamic explicit module calculation to verify and
analyse the accuracy of the tests. In order to further
verify the accuracy of the VUMAT subroutine at high
temperature, the numerical simulation of uniaxial tension
and compression in three directions were carried out at
three different temperatures, which are 60℃, 100℃ and
200℃.
Douglas fir is used in the elements tests, the mean value
of density and moisture content at room temperature is
480kg/m3 and 10.4%, respectively. The measured values
of the main parameters are taken from Wang [16] and
Liu [17]. The modulus of elasticity of wood in radial R
and tangential T, shear modulus in L-R and R-T plan,
and Poisson's ratio in T-L plane is referred to [18]. It
gives advice Douglas fir Poisson's ratio ranging from
0.292 to 0.390. In addition, as the shear strength of the
timber is relatively small, it is taken as 2MPa in this
numerical model. Fracture energy can be estimated
according to the equation as follows [19]:
𝐺𝑓 = −162 + 1.07𝜌

(13)

where 𝐺𝑓 is the fracture energy.
3.1.1 Uniaxial compression and tension at room
temperature
At room temperatures, the element tests of the uniaxial
compression and the tension are divided into three
directions. The numerical model has no predefined
temperature field, the subroutine will be given by the
default material parameters of the wood in the
calculation process.
3.1.1.1 Longitudinal direction
The single element model in longitudinal direction is
cube model with dimensions of 20x20x20mm, which is
shown in Figure 7. The node 5, 6, 7, 8 constraints
displacements in X, Y and Z direction, node 1, 2, 3, 4
constraints displacements in X, Y direction, the linear
load with displacement control is applied on node 1, 2, 3,
4 along X direction.

3 VERIFICATIONS OF THE
MATHEMATICAL MODEL
3.1 ELEMENT TESTS VERIFICATION
Single element model test is usually need to be
implemented in the development of user subroutine. The
single element geometry is simple, has less integration
points and clear boundary conditions. It is easy to find
subroutine problems and can effectively improve the
efficiency of the subroutines debugging.
In this paper, the size of element tests using a single
three-dimensional solid element 20x20x20mm, the
element type is linear eight-node hexahedral reduced
integration elements (C3D8R). Abaqus engineering
elastic orthotropic material constants and VUMAT user
subroutine are taken into account in the material model

Figure 7. Single element model under uniaxial compression
and tension

The numerical results of compressive elastic modulus
parallel to grain are compared with the experimental
ones given by Wang [16] and Liu [17] which are shown
in Figure 8.

WCTE 2016 e-book | 3994

80

60
40

EC
VUMAT

20
-8000

-4000

0
-20

Stress(Mpa)
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seen that VUMAT results can show the different failure
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Figure 8. Stress-strain curves in longitudinal direction

It can be seen from Figure 8 that VUMAT subroutine
shows good comparable with engineered constant (EC)
given by Abaqus in elastic stage. The calculated results
given by Abaqus/Explicit dynamic module using
VUMAT subroutine show good comparable with
Abaqus/Standard general implicit module using
engineering constants, proves that dynamic explicit
algorithm can accurately simulate the static problem
based on Abaqus/Explicit. The numerical model also
matches well with the experimental results, it can
accurately show the tensile brittle and compressive
ductile failure in longitudinal direction.
3.1.1.2 Tangential and radial direction
The single element model in tangential and radial
direction has the same dimensions with longitudinal
direction shown in Figure 7. The numerical results are
compared with the engineered constants given by

-8
-10
Figure 10. Stress-strain curves in tangential direction

3.1.2 Uniaxial compression and tension at elevated
temperature
Element test at elevated temperature is also divided into
three directions for uniaxial compression, tensile
simulation, respectively, taking into account the 60℃,
100℃ and 200℃ three different temperature conditions.
The subroutine will input the element temperature, and
reduce the elastic modulus and strength of the wood at
room temperature according to EC5 [2]. The numerical
yield strengths and elastic modules compared to EC5 are
shown in Table 1 and 2.

Table 1: Yield strength comparison between VUMAT and EC5 at elevated temperature

20℃
60℃
100℃
200℃

Xt (MPa)
VUMAT EC5
78.00
64.29
64.35
50.49
50.70
25.71
25.35

Xc (MPa)
VUMAT EC5
29.38
18.36
18.36
7.35
7.35
3.82
3.67

Yt (MPa)
VUMAT EC5
4.00
3.28
3.30
2.58
2.60
1.32
1.30

Yc (MPa)
VUMAT EC5
8.80
5.50
5.50
2.20
2.20
1.14
1.10

Zt (MPa)
VUMAT EC5
4.00
3.28
3.30
2.60
2.60
1.32
1.30

Zc (MPa)
VUMAT EC5
3.56
2.23
2.23
0.89
0.89
0.46
0.45

ET (MPa)
VUMAT EC5
509
6871
6870
3562
3562
1832
1781

ET (MPa)
VUMAT EC5
509
518
2.23
345
0.89
177
0.45

Table 2: Elastic module comparison between VUMAT and EC5 at elevated temperature

20℃
60℃
100℃
200℃

EL (MPa)
VUMAT EC5
10178
7631
7633
5087
5088
2594
2544

EL (MPa)
VUMAT EC5
10178
6871
6870
3562
3562
1832
1781

ER (MPa)
VUMAT EC5
692
518
519
345
346
177
173

It can be seen from Table 1 and 2 that VUMAT is in
good agreement with EC5 in terms of yield strength and
elastic module at 60℃ and 100℃. At 200℃, the relative
error between VUMAT and EC5 is from 2% to 4%, this
is because the elastic–brittle relationship was introduced
using two points defining the elastic limit at a specified

ER (MPa)
VUMAT EC5
692
7631
7633
5087
5088
2594
2544

temperature and the minimum value possible in Abaqus,
which is 1/100th of the strength value at elevated
temperature. In this paper, the VUMAT wood subroutine
can decrease the strength and elastic modulus with the
increase of temperature, which can be applied to the
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Total Energy
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The numerical model with VUMAT subroutine is
verified through comparison with the experimental
results of two LVL beams given by Yang [8] in 2007.
3.2.1 Test setup
The wood chosen for the LVL beams are fast-grown
poplar, the mean value of the measured density is
560kg/m3. The fracture energy is estimated according to
equation (13). The dimension of the two LVL beams are
50x125x2400mm (Beam1) and 50x200x3800mm
(Beam2). The experiment setup is shown as Figure 11.
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numerical simulation of timber structure under fire
exposure.
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Figure 13. Energy-Time curves of Beam2
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Figure 11. Test setup of the bending experiment

3.2.2 Numerical models
Due to the adoption of the element deletion technique, in
order to prevent damage of the wood around the
boundary, engineering elastic constants are used at a
small part of both ends of the beam, and the rest are
VUMAT user defined material. The type of element is
C3D8R, loading rate of the Beam1 is 47.619kN/s, and
79.365kN/s for the Beam2.
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Figure 12. Energy-Time curves of Beam1

3.2.3 Mechanical analysis comparison
The Beam1 and Beam2 have the generally same failure
mode, which cracks is occurred in the loading area, and
the ultimate failure is due to the cracks perpendicular to
grain. It can be seen from the energy-time curves (Figure
12 and 13) that, at the time model kinetic energy occurs
mutation, no longer meet the requirements of the quasi
static analysis. The numerical load resistance time can be
determined as the moment when the total energy did not
remain a constant value.

60
90
Displacement (mm)

120

150

Figure 14. Load-displacement curves comparison between
experimental (EXP) and numerical (FEM) results of Beam1

The two beams the final failure mode are shown in
Figure 14 and 15. Comparison of the ultimate load with
the numerical model and the experimental results are
shown in Table 3.
Table 3: Comparison between the mean value of the
experimental (EXP) and numerical (FEM) results

Beam1
Beam2

EXP
(KN)

25.1
39.4

FEM
(KN)

27.0
43.9

Relative
error (%)

7.6%
11.4%

It can be observed that the results between numerical and
experimental are comparable, which confirms the
numerical model capacity to represent the bending
behaviour of timber beams. From the load displacement
curves we can see, wood keeps elastic in the initial stage
of loading, and the displacement increase linearly in mid
span of the beam. With the increase of load, compressive
zone of timber beams appeared plastic deformation, the
beam mid span deflection increased nonlinearly with the
stiffness decrease.
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Figure 15. Load-displacement curves comparison between
experimental (EXP) and numerical (FEM) results of Beam2

3.3 THERMO-MECHANICAL BEHAVIOUR OF
TIMBER MEMBERS IN TENSION
PARALLEL TO GRAIN
The thermo-mechanical model is validated by
comparison with the experimental results given by
Fragiacomo [20].
3.3.1 Test setup
The tests are performed in a small custom-made
electrical furnace, the specimens had a cross section of
150 x 63mm and a length of 900 mm. Only the portion
of the sample inside the furnace was exposed to heat flux,
while the member ends were outside the furnace. Figure
16 shows a specimen inside the custom-made furnace
before testing. The hydraulic jack is on the right of the
testing frame, and the load cell is on the left. The wood
chosen for the timber members are radiata pine grown in
New Zealand. Moisture content and density at ambient
temperature are assumed as 12% and 570 kg/m3,
respectively.

analysis.
According to EC5 [2], in the thermal analysis, the
comprehensive radiation coefficient is equals to 0.8. And
convective heat transfer coefficient is 25W/m2∙K
according to EC1 [21]. The temperature amplitude is
defined as the temperatures in test furnace.
3.3.3 Thermo-mechanical analysis comparison
The comparison concerns mainly the evolutions of the
timber slip versus the time of exposure to fire. The
experimental and numerical slip–time curves are
compared for the timber members with the load ratios of
12%, 16% and 22%. The kinetic energy-time curves of
the timber members with different load ratio are shown
in Figure 17. The model’s kinetic energy is almost
equals to zero before failure, and the total energy
remains constant. At the failure time for each specimen,
kinetic energy increases rapidly, no longer meets the
requirement of quasi static analysis. The fire resistance
rate can thus be defined as the time when the kinetic
energy shows a catastrophe. The mean value of fire
resistance rates given by the numerical model and tests
are shown in Table 4. The comparison of slip-time
curves between experimental and numerical results with
load ratio of 12% and 22% are shown in Figure 18.
20
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Figure 17. Numerical kinetic energy-time curves of timber
members with different load ratio
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Figure 16. Specimen in the custom-made furnace before
testing [20]

3.3.2 Numerical models
The numerical model is evaluated in a two-step process
implemented in the Abaqus finite element code: first, a
time-dependent thermal analysis of the member exposed
to fire and then a structural analysis under a constant
load are performed. The element type DC3D8 is used for
the thermal analysis, and C3D8R for the structural
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Figure 18. Slip-time curves comparison between timber
members

These curves show comparable tendency, which
illustrate the accuracy of the numerical model. It can be
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seen from the curves that, slips of numerical and
experimental are very close under each load ratio, and
the numerical model always gives displacements larger
than that given by tests in the linear phase. However,
compared to the numerical results, the experimental
displacement speed increased more quickly at the failure
phase, this difference can be partly explained by the fact
that the fire bursts in the crack on the surface of wood
elements, accelerate the damage development.
Table 4：Fire resistance rates (FRR) comparison

Specimen
series
1#
2#
3#

Load ratio
(%)
12
16
22

FRR (min)
EXP FEM
26.4
28.1
24.2
23.3
18.1
18.7

the numerical model to simulate the thermo-mechanical
behaviour of timber members in normal and fire
conditions.
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EFFECT OF ADHESIVES AND PLY CONFIGURATION ON THE FIRE
PERFORMANCE OF SOUTHERN PINE CROSS-LAMINATED TIMBER
Laura Hasburgh1, Keith Bourne2, Perry Peralta3, Phil Mitchell4, Scott Schiff5,
Weichiang Pang6
ABSTRACT: Thirteen Southern pine cross-laminated timber panels were tested in the intermediate scale horizontal
furnace at the Forest Products Laboratory to determine the effects different adhesives and ply configuration had on fire
performance. Four different adhesives were tested: melamine formaldehyde (MF), phenol resorcinol formaldehyde
(PRF), polyurethane reactive (PUR), and emulsion polymer isocyanate (EPI). There were two ply configurations:
Long-Cross-Long (LCL) or Long-Long-Cross (LLC) where “long” indicates the wood was parallel to the longer edge
of the panel. The MF and the PRF prevented delamination and associated problems while the LLC configuration
resulted in uneven charring patterns.
KEYWORDS: Wood, Cross-Laminated Timber, Adhesives, Delamination, Char Rate

1 INTRODUCTION123456
Cross-laminated timber (CLT) is a mass-timber product
manufactured by laminating pieces of dimensional
lumber in layers, or plies. Typically, the wood grain
orientation of each ply is perpendicular to adjacent plies
to create a thick, solid wood panel similar to the
manufacture of plywood. To maximize panel strength,
the outer plies commonly have their wood grain
orientation following the major strength direction, with
the orientation of the interior plies alternating between
the minor and major strength direction.
CLT is a relatively new building system that was first
developed in Switzerland in the 1970s. Further research
in Austria in the mid-1990s led to CLT as we know it
today.
The use of CLT in Austria, Germany,
Switzerland, Sweden, Norway, and the United Kingdom
increased tremendously in the early 2000s, due mainly to
public interest in green building and as a result of
changes in building codes in those countries [1].
With its long span, excellent strength and stiffness
properties, and relatively light unit weight compared to
1 Laura Hasburgh, USDA Forest Products Laboratory,
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2
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kjbourne@fs.fed.us
3
Perry Peralta, North Carolina State University,
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other construction materials, CLT is viewed as having
tremendous potential to displace concrete, masonry, and
steel in low- and mid-rise residential and commercial
construction. Current efforts to increase the use of wood
in non-residential and mid-to-high rise residential
construction has led to a surge in the desire to use wood
composites, such as CLT. For commercial construction,
one important attribute for building components that
needs to be demonstrated is the fire resistance rating.
While several mechanics-based models exist in Europe
and North America for calculating the structural fireresistance of CLT assemblies [1, 2, 3, 4], as the market
for CLT panels continues to grow, different methods for
constructing the panels are studied in an effort to
optimize fire performance. Both the adhesive used to
bond the plies together and the configuration of each ply
affects fire performance.
Currently, many models assume a one-dimensional char
rate of 0.635 mm/min and suggest increasing the rate
when the char front (300°C isotherm) reaches the first
glue line due to adhesive heat delamination [1]. An
effective charring rate of approximately 0.80 mm/min is
suggested in the Canadian CLT Handbook for CLT
manufactured with 35-mm thick plies and takes into
account the impact of adhesive heat delamination [3].
Charring rates are also impacted by ply thickness, as
detailed in [1, 2, 5, 6, 7], where thinner plies would
exhibit a faster effective charring rate than thicker plies.
This study analysed the effect of four different adhesives
on char rate and delamination; one adhesive specifically
formulated for Southern pine and three traditionally used
for structural composite lumber. Additionally, two
different ply configurations are compared to determine

WCTE 2016 e-book | 4000

the effect on fire performance. This project included the
testing of thirteen panels in the intermediate-scale
horizontal fire resistance furnace at the Forest Products
Laboratory (FPL).

2 MATERIALS AND METHODOLOGY
2.1 MATERIALS
The lumber was stored in an unconditioned space prior
to planing. Face- and back-planing of the lumber was
performed prior to gluing to activate the wood surface
and to minimize thickness variation within a CLT layer.

Two different ply configurations were evaluated: LongCross-Long (LCL), which is the traditional configuration
with each ply perpendicular to the next, and Long-LongCross (LLC), which has two parallel plies next to each
other with staggered joints. Figure 1 illustrates the two
configuration types and the red line indicates the fire
exposed side. The two five-ply CLT panels tested were
both in an LCLCL configuration. Table 2 provides the
text matrix.

Eleven of the CLT panels tested were three-ply and two
were five-ply. Each ply was constructed with 35 mm
thick, visually graded Southern pine (Pinus spp.). The
Southern yellow pine group species consists of loblolly
pine (Pinus taeda), longleaf pine (Pinus palustris),
shortleaf pine (Pinus echinata), and slash pine (Pinus
elliottii). These are the most commonly available wood
species in the Southeast region of the United States.
The four different structural adhesives evaluated were:
melamine formaldehyde (MF), phenol resorcinol
formaldehyde (PRF), polyurethane reactive (PUR), and
emulsion polymer isocyanate (EPI). These cold-set
adhesives were chosen since the pressing operation is
very slow when heat-cured adhesives are used to
produce thick panels. MF is typically used in the
production of composite panels such as medium density
fibreboard and particleboard, is moisture resistant and is
light in colour. However, MF is expensive when
compared to PRF. PRF is an exterior type adhesive used
widely in the manufacture of glulam. It is curable at
room temperature, durable and economical. However,
similar to MF, it off-gases because of the formaldehyde
and is dark in colour. PUR is moisture-activated and is
widely used in Europe for CLT panels because it is
formaldehyde- and solvent-free. However, the fire
resistance of PUR is generally poorer than the adhesives
containing formaldehyde. The PUR adhesive for this
project was specifically formulated to be used with
Southern pine. EPI is a moisture resistant adhesive
typically used in the manufacture of I-joist and glulam.
Due to the emulsifiability of isocyanate, adequate mixing
is important and, as a result, EPI has low workability.
EPI is also costly compared to MF and PRF. The 965
mm by 1194 mm panels were constructed at Clemson
University with a platen pressure of 345 kPa. The
adhesive mix ratios and press times are provided in
Table 1 [9].
Table 1. Mix ratio and spread rate for adhesives

Adhesive

1

MF
PRF
EPI
PUR

Mix Ratio (ResinHardener)
100:60
100:40
100:15
n/a

CAT1
(minutes)
30
30
10
40

Press Time
(hours)
3
3
3
4

Close Assembly Time (CAT) refers to the time interval from
substrate assembly to the application of full pressure.

Figure 1: Long-Cross-Long and Long-Long-Cross
configurations
Table 2: List of specimen adhesive and configuration

1

Specimen No.
1
2
3
4
5
6
7
8
9
10
11
12
13

Specimen Label
MF-LCL
MF-LLC
PRF-LCL
PRF-LLC
EPI-LCL
EPI-LLC
PUR-LCL
PUR-LLC
PUR-LCL
PUR-LLC
PUR-LCLCL
PRF-LCLCL
PUR-LCL+GB1

Gypsum board is 16 mm thick Type X fire rated, installed at
FPL.

2.2 PREPARATION OF SPECIMENS
Each specimen was instrumented with thermocouples at
various depths to observe the char front during the test.
The thermocouples were made at FPL from 24 gauge,
Type K glass insulated thermocouple wires (Omega
Engineering: GG-K-24).
The thermocouples were
installed within the specimens by drilling holes from the
non-fire exposed surface. They were then inserted in the
holes at 11.5, 23.3, 35, 46.5, 58.3, 70 and 81.5 mm from
the fire exposed surface on a 457 by 457 mm grid
pattern, centered on the specimen (Figure 2).
Additionally, thermocouples were attached to both the
fire exposed and non-fire exposed surfaces of the
specimens.
For specimen 13, an additional four
thermocouples were installed between the gypsum board
and the CLT surface.
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Figure 2: Thermocouple placement grid in CLT panel

2.3 METHODOLOGY

Figure 3: Horizontal furnace with test frame and specimen
installed.

2.3.1 Fire Exposure
Our test procedure is based on ASTM E119 [9]. This
test determines hourly ratings specified in the
International Building Code for walls and floors required
to provide a fire-resistance rating. Some of our most
significant deviations from the standard include the
reduced size of the specimen and the lack of any external
loading during the test. However, sample conditioning
and the specified time-temperature curve were adhered
to during the tests.

ASTM E119 requires furnace temperatures be recorded
at intervals of five minutes or less and deviations of the
area under the average furnace temperature curve from
the corresponding area for the standard curve be less
than 10% for one hour or less, less than 7.5% for one to
two hours and less than 5% for times exceeding three
hours. The calculated percent deviations from the
standard curve, averaged over the 13 tests, were never
greater than 1.3% and the deviations for all tests were
within the standard requirements.

Prior to testing, the panels were conditioned at FPL in a
21oC / 50% relative humidity chamber for a minimum of
30 days. The panels were tested on FPL’s intermediatescale horizontal furnace, which is heated by eight
diffusion-flame natural gas burners on the floor of the
furnace. The interior dimensions of the furnace are 1.83
m long, 1.09 m wide and 1.27 m high. A frame was
used to hold the panels and included two noncombustible
inserts on each side of the specimen (Figure 3). The test
frame with the test specimen was placed on top of the
furnace. All air for combustion was provided by natural
draft through vents at the bottom of the furnace. Six
capped furnace thermocouples were located 305 mm
from fire-exposed specimen surface.

2.3.2 Test Termination
These tests were performed without external loading, so
in lieu of the sustained load failure criteria in ASTM
E119, tests were terminated when the second glue line
from the fire exposed surface in the three-ply specimens
or the third glue line from the fire exposed surface of the
five-ply specimens reached 300°C. It is commonly
accepted that reaching a temperature of 300°C correlates
to the base of the char layer [12, 13, 14].

The gas flow was controlled so that the temperature of
the capped thermocouples followed the standard time
temperature curve specified in ASTM E119.
Temperatures on the curve include 538°C, 927°C,
1010°C and 1052°C at 5, 60, 120 and 180 minutes,
respectively. Temperature data for the furnace and the
specimen were recorded in five second intervals.

A second condition to terminate a test in ASTM E119
involves the ignition of cotton waste by hot gases
penetrating the unexposed surface. We replaced this
condition with the visual observation of flames
penetrating the unexposed surface to simplify the test
and reduce personnel exposure to combustion products.
ASTM E119 requires that the temperature of the
unexposed side of the specimen be measured in nine
places by thermocouples placed under insulating pads.
The thermocouples are then to be monitored and the test
terminated when the average temperature rise of these
thermocouples reach 139°C above their starting point.
Due to the reduced size of our specimen we only used
two thermocouples on the unexposed surface.
The size of the specimen and available crane allowed the
specimen to be removed quickly after termination of the
test so that the fire could be extinguished. Visual
observations, photographs and residual thickness
measurements were made. The modes of failure and
time at which failure occurred are summarized in Table
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3. The flame through time is the time at which flames
were first observed penetrating the unexposed side of the
specimen. The time to 300°C is the average time at
which all of the thermocouples had reached 300°C at the
second glue line in the three-ply specimens or the third
glue line in the five-ply specimens. When it was deemed
safe, the test was continued beyond the failure point to
obtain additional char rate data; the times at which the
test was actually stopped can also be found in Table 3.
In the cases where both a time to flame through and a
time to 300°C are recorded, the failure time can be taken
as the lower of the two. There were no failures due to
the 139°C temperature rise criteria.
Table 3. Failure times in minutes

Specimen
1
2
3
4
5
6
7
8
9
10
11
12
13

Flames
-104
-113
93
96
-100
80
108
--166

300°C
98
-97
-101
-89
--94
153
168
--

End
102
104
102
113
104
96
95
100
80
108
173
186
166

3 RESULTS
3.1 TEMPERATURE DATA
The char rate of wood refers to the dimensional rate,
such as mm per minute, at which wood converts to char.
The times to reach 300°C at the various depths within
the wood slab were recorded and an example of the
temperature data collected during a test is illustrated in
Figure 4. The char rates and predicted failure times are
derived from this collected data.

Figure 4. Thermocouple data for specimen 3 (PRF-LCL)

In Figure 4, the thermocouple readings labeled
“Unexposed” are on the top, unexposed surface of the

CLT panel while the thermocouple readings labeled
“Exposed” are attached to the surface of the specimen
inside the furnace. The other thermocouple readings are
labeled with respect to their position; either the depth
from the exposed surface or the glue line at which they
were installed. A thermostatic dwell is visible when
each depth reaches 100oC; the temperature at which the
water evaporates and there is forced diffusion of
moisture.
3.2 LINEAR CHAR RATE
One way to model the char rate is with a simple linear
model for each ply. The time that it takes each
thermocouple to reach 300°C and the distance of each
thermocouple from the fire exposed surface are fit using
a linear least squares algorithm to:
depth  s(t300C )  b

(1)

The slope, s, is the char rate in mm per minute with the
depth equal to the measured distance in mm of the
thermocouples from the fire exposed surface and t300°C
equal to the time that it takes each thermocouple to reach
300°C. The time axis intercept is b. The results of this
fitting procedure can be seen in Table 4 below and
Figure 5. The model is fit within each of the first two
plies in the three-ply specimens and within the first three
plies in the five-ply specimens. The error bars on Figure
5 represent the 95th percent confidence interval of the fit
and can be used as an estimate of the spread of the data.
For specimen 13, the times used to calculate char rates
were reduced by 33 minutes to account for the layer of
gypsum board.
Table 4. Linear char rate (s) results in mm/min

Specimen
1
2
3
4
5
6
7
8
9
10
11
12
13

Ply 1
0.63
0.66
0.75
0.56
0.77
0.66
0.74
0.71
0.70
0.70
0.66
0.65
0.36

Ply 2
0.70
0.74
0.67
0.56
0.62
0.88
0.81
0.72
0.98
0.64
0.62
0.57
0.66

Ply 3
----------0.41
0.38
--

The linear char rates through the first ply have an
average of 0.66 mm/min for all specimens. The linear
char rate average for the second ply of all specimens was
0.71 mm/min. At 0.36 mm/min, the char rate of the first
ply for specimen 13 is significantly lower than the
average due to encapsulation with gypsum board. The
gypsum board provided 33 minutes of protection to the
CLT specimen calculated from the average time that it
took for four thermocouples located between the gypsum
and the surface of the CLT to reach 300°C.
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as an estimate of the spread of the data. The time for the
surface of the CLT on specimen 13 to reach 300oC was
33 minutes due to the gypsum board.
Table 5. Nonlinear char rate (n) results in mm/min

Figure 5: Linear model char rates and observed failure
times
3.3 NONLINEAR CHAR RATE
While the data could be represented by linear models as
discussed, there was considerable and consistent
nonlinear behavior in the charring. Nonlinear charring
may be due to increased char layer thickness and
delamination of the char layer at the glue lines.
The calculation of the fire resistance ratings in the US
CLT Handbook uses a form of the nonlinear char rate
model:

t300C

 0.390 min

Specimen
1
2
3
4
5
6
7
8
9
10
11
12
13

Ply 1
0.58
0.63
0.70
0.60
0.71
0.64
0.65
0.63
0.63
0.66
0.62
0.64
0.38

Ply 2
0.72
0.75
0.79
0.83
0.77
0.78
0.8
0.73
0.77
0.76
0.72
0.71
0.53

Ply 3
----------0.81
0.76
--

Using the nonlinear char rate method, the char rates
through the first ply have an average of 0.62 mm/min for
all specimens. The char rate for the first ply of specimen
13 is 0.38 mm/min, which is significantly lower than the
average due to the protection provided by the layer of
gypsum board. The nonlinear char rate average for the
second ply of all specimens was 0.74 mm/min.

1.23

x

1.23 
min   

(2)

where x = depth in mm and  = char rate in mm/min.
This model is a two-dimensional model derived from the
one-dimensional nonlinear model developed by White
[3, 10]. White’s model, as follows, is based on the
results of 40 one-dimensional wood slab charring tests of
various species:
t  mxchar 

1.23

(3)

where m = char slope in min/mm1.23. This model
accounts for accelerated charring which occurs early in
the fire exposure. Since the nominal char rate values, n,
are based on an exposure time of one hour, solving
White’s model for the char depth and using a time of 60
minutes allows for the comparison of char slopes and
nominal char rates:

 60 min 
n  

 m 

0.813

(4)

where m =min/mm1.23, n =mm/min.
The nominal char rates that were calculated using the
nonlinear model for the 13 specimens are found in Table
5 and Figure 6. The nominal char rates were obtained by
fitting the US CLT Handbook nonlinear model to data
from each ply. The error bars on Figure 6 represent the
95 percent confidence interval of the fit and can be used

Figure 6: Nonlinear model char rates and observed
failure times
3.4 DELAMINATION
Three observations related to delamination were made
during the tests: (1) Listening for the sound of material
falling to the floor of the furnace; (2) Observing the
relative amount of char on the furnace floor through the
air inlets; and (3) Spikes in the temperature signals
measured near the glue lines.
However, these
observations do not help quantify how much of each
layer delaminated, which could have a significant effect
on the observed char rates. To quantify this information,
photographs were taken of each specimen after the test
and the areas of each ply remaining were measured. For
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each specimen, a centrally located area of approximately
685 mm by 838 mm was analyzed because the severity
of the fire exposure was reduced near the edges.

4 DISCUSSION
4.1 CHAR RATES
The nominal char rate can be affected by several factors
including the external heating rate, total time of heating
and the properties of specific wood species such as
density. White found that the average char slope for
Southern pine was 0.55 min/mm1.23 [4]. Using Equation
4, this is approximately equivalent to a nominal char rate
of 0.75 mm/min. The US CLT Handbook assumes a
nominal charring rate of 0.635 mm/min, which is the
commonly assumed value for solid-sawn and gluelaminated softwood members [1]. Table 7 gives the
average char rates through the first two plies of each
specimen. For both the linear and nonlinear model, the
average char rate over all tests was 0.70 mm/min. This
value falls directly between the value used in the CLT
handbook and that found by White [4].
Table 7. Average char rate in mm/min of first two plies

Figure 7: Delaminated area analysis of specimen 6

An example of an image that was analyzed can be seen
in Figure 7. The areas inside the blue lines are portions
of the first ply that are still in place, the areas inside the
red lines are areas of the third ply that are exposed,
everything else is intact portions of the second ply.
These areas were measured for all specimens and the
results of this analysis can be found in Table 6. It should
be noted this method is not precise and that some of this
delamination may have occurred while the specimen was
being removed from the furnace and extinguished and
that a loaded specimen may exhibit more delamination.
In Table 6, a flame failure mode indicates that the
specimen failed due to flame penetration of the
unexposed surface while char indicates that the char
front reached the second glue line in the three-ply
specimens or the third glue line in the five-ply
specimens.
Table 6. Percent of ply area remaining at end of test

Specimen
1
2
3
4
5
6
7
8
9
10
11
12
13

Adhesive
MF
MF
PRF
PRF
EPI
EPI
PUR
PUR
PUR
PRF
PUR
PRF
PUR

Failure
Mode
Char
Flame
Char
Flame
Flame
Flame
Flame
Flame
Flame
Flame
Char
Char
Flame

Percent of Ply
Area
Remaining
Ply 1

Ply 2

96
100
100
100
12
3
15
77
6
83
22
100
19

100
100
100
100
76
60
93
82
97
95
79
100
92

Adhesive

Specimen

EPI
EPI
MF
MF
PRF
PRF
PRF
PRF
PUR
PUR
PUR
PUR

5
6
1
2
3
4
10
12
7
8
9
11

Average Char rate (mm/min)
Linear
0.70
0.77
0.67
0.70
0.71
0.56
0.67
0.61
0.78
0.72
0.84
0.64

Nonlinear
0.74
0.71
0.65
0.69
0.75
0.72
0.71
0.68
0.73
0.68
0.70
0.67

Table 8 provides the average char rate through the first
two plies for each adhesive. While delamination was
visually observed for the specimens with PUR and EPI,
overall, the nominal char rates obtained for all specimens
are not significantly different between the adhesives.
Table 8. Average char rate of first two plies in mm/min for
adhesives

Adhesive
EPI
MF
PRF
PUR

Adhesive Average Char Rate
(mm/min)
Linear
Nonlinear
0.73
0.73
0.68
0.67
0.64
0.71
0.74
0.69

Specimen 13 is not included in Tables 7 and 8 due to the
effect encapsulation with gypsum board had on the char
rate. The significant reduction in char rate for both the
first and second plies in specimen 13 suggests that the
gypsum board continues to supply some amount of
protection from full exposure to the furnace temperatures
until it falls off.
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4.2 DELAMINATION
The most obvious effect that the adhesives had on fire
resistance of the CLT specimens was observed through
delamination (Figure 8). The delamination results in a
sudden exposure of the next ply’s surface that has not yet
initiated pyrolysis.

Figure 8: Specimen 6 after removal from furnace with
evidence of delamination
The results show that the MF and PRF specimens
exhibited little, if any, delamination while the EPI and
PUR adhesives exhibited high degrees of delamination.
Furthermore, the results in Table 6, suggest that there
may be a correlation between high amounts of
delamination and premature flame through. According
to a thermal model developed by Janssens and White
[13], a residual thickness of 7 mm would maintain the
temperature at the glue line slightly below 220°C. For a
lamination of 35 mm in thickness, only 28 mm is
actually converted into char before fall-off occurs. At a
rate of 0.635 mm/min, fall-off would then occur shortly
after 44 minutes. If the adhesive could maintain its
bonding capacity at temperatures associated with
charring of wood (i.e., at least 300°C), the time to char a
lamination of 35 mm would increase to 54 minutes and
therefore enhancing its structural fire-resistance.
As seen in Figure 5, some of the specimens that used
PUR and EPI appear to have higher char rates in the
second ply than the specimens that used MF or PRF.
However, this increased char rate is not seen in all of the
PUR or EPI samples, nor is there a substantial difference
in the linear char rates in the first ply corresponding to
different glues. Furthermore, Figure 6 does not appear
to show any significant differences related to nonlinear
char rates among adhesives.
4.3 CONFIGURATION
To compare the effects of the traditional LCL
configuration with the LLC configuration, specimens 1
through 8 were considered so that direct comparisons
between LCL and LLC configurations could be made.
The average failure time, nonlinear char rate in the first
two plies, nominal char rate, calculated thickness at 1.5
hours, and measured thickness at 1.5 hours were found
for the LCL tests (1,3,5,7) and the LLC tests (2,4,6,8).

The average failure time for the LLC tests was found to
be five minutes, or approximately 5%, longer than the
LCL tests. However, all of the LLC tests failed by flame
through while two of the four LCL specimens failed by
the char front reaching the second glue line. This
suggests that any measures taken to prevent flame
through, such as edge gluing, could improve the failure
time of the LLC specimens further. Similarly, the
nominal char rate was found to be slightly lower in the
LLC specimens. Due to the small population size of the
measurements, it is difficult to tell if this difference is
statistically significant, and the charring models used in
this analysis cannot account for this difference.
Surprisingly, the lower measured nominal charring rates
of the LLC specimens do not translate into greater
remaining thicknesses at 1.5 hours or beyond. This can
most likely be explained by the uneven charring
phenomenon that was observed in all of the LLC tests.
An example of the charring behavior for the LLC
specimens is illustrated below in Figure 9. The char
front, when observed from the edge of the specimen after
the test, is very irregular with deep cracks that coincide
with the location of the edge seams in the fire exposed
ply. These deep cracks were not observed in any of the
traditional LCL configured specimens. Wood is nonisotropic and when cracks form, it is typically
perpendicular to the grain direction [16]. However, the
deep grooves in the LLC specimens formed along the
grain in the longitudinal and radial directions rather than
across the grain in the tangential direction. These large
grooves coincide with the seam in the first ply and may
be the source of earlier flame through in the LLC
specimens.

Figure 9: Specimen 3 PRF-LCL (top) and 4 PRF-LLC
(bottom) showing edge char patterns
These deep grooves cause an uneven char front and may
cause significant errors in the measurement of the char
rate for the LLC specimens. The measurement method
used is not ideal for such a non-uniform char front.
Additional thermocouples would be needed to accurately
determine the charring behavior under these conditions.
Additionally, the CLT charring models assume that the
char front is one dimensional. A different model would
be needed to accurately predict the uneven charring
behavior for the LLC configuration.
Because a flame through failure only requires a small
area of the unexposed surface to be compromised, these
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deep cavities whose fronts are well beyond the average
char depth will tend to cause premature failure due to
flame penetration. Similarly, the structural integrity of
the CLT will tend to be compromised well before the
models predict. Edge gluing the boards, or having a thin
perpendicular layer or other barrier between the two
parallel layers may help to prevent this phenomenon.
Further testing would be required to confirm this.

5 CONCLUSIONS
This paper analyzed the char rates of CLT specimens
when different adhesives and configurations are used.
While a significant difference in char rate and failure
time was not detected between adhesives, the MF and
PRF adhesive showed less potential for delamination and
associated problems. The overall average char rate
through the first two plies was found to be 0.70 mm/min,
which is slightly higher than that used in the CLT
handbook (0.635 mm/min) and slightly lower than that
found by White (0.75 mm/min). The LLC configuration
resulted in uneven char front and large grooves in the
second ply that coincide with the seam in the first ply.
These large grooves are the source of earlier flame
through in the LLC specimens. Additionally, the uneven
charring associated with the LLC configuration makes it
difficult to predict how the specimen will behave at full
scale and under load.
The specimens tested were not glued along the edges of
the individual boards. Edge gluing or another mitigation
technique may prevent this uneven char front
phenomena and help to increase the fire resistance time
of CLT. Conversely, edge gluing could cause splitting
of the lumber along its length and, therefore, requires
further evaluation.
The joints between CLT panels themselves are likely to
be a critical factor for the failure criteria in ASTM E119
for flame penetration and excessive temperature rise.
Joints were not tested in this study and would require
further study.
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WOOD-BASED MULTI-STORY BUILDINGS AND FIRES IN SOCIAL CONTEXTS
IN JAPAN AND AUSTRIA – Comprehensive Discussions on Risk Management
Atsuko TANI 1, Iris MACH 2
ABSTRACT: Sustainability and combustibility are both sides of utilization of wood. Wood is socially expected to be
used in urban contexts as a sustainable material; nevertheless individual building owners have to pay additional costs
for fire proof of buildings due to the combustibility of the material.
Fire risks correlate to certain risk factors. The distribution of risk factors is influenced by various social conditions.
Each risk factor causes distinctive fire risks, which have a certain tendency on the proportion between frequency and
damages. Effective social and individual countermeasures against fires are decided by degree of frequency of fire risks.
This paper deals with the structure of risk managements from the viewpoint of the characters of risk factors (individual
issues) and the distributions of factors (social issues) in case we use wood in urban contexts as a comparative study
between Japan and Austria based on statistical analysis.
KEYWORDS: Wood, fire, risk management, Japan, Austria

Japan and Austria have same kinds of contradiction; both
are rich in forest resources, but it is difficult to use wood
in these urban contexts due to strict technical
requirements under fireproof regulations on wood-based
multi-story buildings. I think two countries can establish
a good collaboration to solve the contradiction grounded
on distinctive accumulation of knowledge in different
part of the material life cycle. (See Table 1.)
1.2 WOOD AND FIRE
There are three pillars of sustainability; ecology, society,
and economy. Since its low CO2 consumption during
production, wood is recognised as ecological material
and is socially expected to be used as a sustainable
material. In that case, it is necessary to discuss about
social and economical aspects of wood in addition to
ecology.
Usually, when individual building owners construct
wood-based buildings in the city centre, they have to pay
additional costs for fire proof of structures due to the
strict technical requirements related to the combustibility
of the material.
Since wood has high workability and lightweight, it is
easy to be managed by handiwork. Each domestic area
has used wood in various traditional ways for both as
convenient construction material and as fuel. Sometimes,
the tradition causes certain prejudice on the way of use,
1
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Table 1: Accumulation of Knowledge in Japan and Austria

Material Life Cycle

1.1 JAPAN AND AUSTRIA

and the prejudice influences to decision-makings on
technical requirements and these solutions.
The fireproof regulations generally deal with reduction
and control of fire after ignition based on combustion
science, but these do not deal with classification, type,
and frequency of cause of fires. The cause and frequency
of fires are social scientific problem and relate to human
behaviour rather than combustion science.
Combustion science tends to aim to realize equivalent
fire resistance of wood to other non-combustible
materials like steel or concrete. However combustible
materials are already burnt by fossil fuels during
production. On the other hand, wood can be fuel even
after a lifetime of the material as building elements. That
is why wood is recognized as an ecological material. If
use of wood is social demands, we should review
societal fire risk management about wood-based
buildings.

Building Life Cycle

1 INTRODUCTION 12

ISSUES
Production
Forestry
Industrialization
Planning / Construction
Regulated Fire Scenario
Prefabrication
Use
Risk Factors
Distribution of Risk Factors
Statistics about Risk …
Social Countermeasures
Low & Green Energy
Reuse / Recycle

JAPAN

AUSTRIA

Qualitative
Qualitative

Quantitative
Quantitative

Various
Limited

Limited
Various

Common
More
Less
Factor
Distribution
Reduce
Transfer
Voluntary
Regulated
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1.3 MOTIVATION
If we intend to use wood as a sustainable material, it
seems necessary to discuss about the three pillars of
sustainability in the whole material life cycle including
production, planning / construction, use, and reuse (In
Table 1).
The aim of the whole research is to present basic idea to
start comprehensive discussions among researchers. For
the first step, I present basic research to review current
restrictions on wooden structures and clarify influence of
the domestic way of use. And then, I intend to propose
about the possibility of mutual collaboration in the future.
1.4 DISCUSSIONS OF THIS PAPER
Wood has been used for limited building type or
building elements, thus certain social issues tend to be
related to these limitations. In this paper, I call the social
issues “accompanying problems”. I doubt that these
accompanying problems are confused with risk of
combustibility of material.
This paper deals with statistical analyses about the
relationship between fire risk factors and distribution of
the risk factors on wooden buildings.
I discuss human damage separately from physical
damages of building fires. Human damages should be
reduced, and physical damages can be compensated from
economical solutions. Concerning the cause of fires, I
divide the factors into internal factors and external
factors. (See Table 2.)
This paper deals with only human damages caused by
internal factors, which are related to activity of users
inside of buildings. External factors (e.g. rare natural
disaster, war, and arson) are discussed separately.
Table 2: Internal and External Factors of Fires
Origin

External

Internal

External

Factors

Human
Mixed
Physical

Cause

(Arson, war, etc.)
Tobacco, fire play, etc.
Heating- and cooking
devices, etc.
Electric- and Phone
lines, etc.
(Natural disasters, etc.)

Damage

Human
(Fatalities
and
injuries)
or
Physical
(Burning)

Note: Since it is intentional fire, suicide is omitted from internal cause.

1.5 FORMER STUDIES AND DATA
1.5.1 International Statistics
There are only a few international comparative studies
about fire statistics because of differences of
distributions of risk factors.
World Health Organisation (WHO) globally examines
the numbers of fire fatalities under the same conditions
since 1979. In recent 30 years, Japanese fire fatality rate
per capita has been almost same, and Austrian one
becomes around a half. (See Figure 1.) [1] [2]
Geneva Association publishes annual reports, “World
Fire Statistics”, dealing with both human and physical
damages. [3]

1.5.2 National Fire Statistics
Japan is one the few countries that has long-term fire
statistics under the same building code and with large
statistical population. Japanese fire statistics, ” Fire
Report (Kasai Houkoku) ” seems to have the largest
population among census public fire statistics in the
world. Fire Report has been collected since 1949. [4] [5]
Comparative analysis of fire statistics among Japan, the
UK, and the US shows the same tendency about
fatalities; a vast majority of fire fatalities is damaged in
housings; tobacco, heating device, and cooking device
fires are three of the most serious causes; and the
proportions of these causes are similar in each country.
[6]
Austria had published national reports about fire
statistics from 1950-1984 with breakdowns of the
number of fires, amount of damage, and gross number of
fire fatality. According to the national report, the three
serious causes of fires are same in Austria as well as
Japan, the US, and the UK. After a blank between 19852006, Insurance Association of Austria restarts
simplified reports on fire damage and fatality since 2007.
[7] [8]
1.5.3 Fire In Japan
According to Japanese fire statistics from 2006 to 2010,
one average sized office (ca. 1,500 m2) or housing (ca.
100 m2) catches fire less than once 500 years.
Probability of fire fatality per capita is around once per
100 thousand years. Fatality rates are varied depend on
use or shape of buildings. Fires in housings cause ca.
90% of fire fatalities. Since fatality rate in office is
enough low (per one user, less than once per one million
years), that can be negligible. [9]
A former research in Japan showed correlation between
type of structural material of the buildings and the number
of fatalities, and it was said that the fatality rate in wooden
detached houses are around as twice as non-wooden ones.
But other relative research pointed out the possibility of
accompanying factors (e.g. a certain type of lifestyle)
related to structural material influence to higher number of
fatalities in wooden detached houses. [10] According to a
detailed analysis on fatalities from tobacco fire, the higher
number of fatality seems to be caused by the higher
proportion of the aged inhabitants. [11]
1.6 AIM OF THIS RESEARCH
Domestic life styles seem to influence to different fatality
rates in Japan and Austria. Results of fire statistical
analysis excluding Japanese domestic confounding factors
related to wooden housings can be used not only in Japan,
but also in foreign countries, since many countries like
Austria do not have their own fire statistics. And even
Austria has own statistics about fire fatalities; it will be
difficult to analyze cause of death due to its small
statistical population.
This thesis deals with the influence of the accompanying
factors (=confounding factors between the type of
structural material and numbers of fire fatalities) and
discusses about the certain type of lifestyle in Japanese
wooden houses, and analyse the situation in Austria.
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1.7 HYPOTHESIS
Japan has detailed fire statistics with large statistical
population, and it is possible to analyse detailed risk
factors of fire. Austria has detailed statistics about the
distribution of risk factors. Reason of the reduction of
the fire fatality rate in Austria can be analysed by a
combination of both statistics.
The percentage of non-combustible structures in Austria
has been almost same for these 30 years, thus it can be
said that the reduction of fire fatality was influenced by
the distribution of accompanying factors rather than
structural materials.

2 METHODOLOGY
I analyse the impact of risk factor from distribution of
risk factor separately. At first I define character and
domestic bias of statistical data in this chapter 2.
Tendency and the impact of each risk factor for
individual detached housings in Japan are defined in
chapter 3, and then a comparison of risk factor
distributions between Japanese and Austrian social
situations is given in chapter 4.
2.1 TYPE OF DATA AND COVERAGE
2.1.1 Common Data and Calibration
There are various fire statistics in Japan and Austria. As
each fire statistics covers different term and contents,
basic characters of statistics are given in Table 3, Table 4,
and Figure 13 for data calibration.
WHO collects global statistics about fatalities from burn
in member nations, the data of this statistics based on
death certificate from hospitals in the same condition
(death by burn and poisoning within 48 hours after
incident). This is the only international statistics about
fire fatalities. (See JP 2a and AT 2 in Figure 1.) Since
WHO statistics includes fatalities from building, forest,
and transportation fire, AT 2 shows the high fatality rate
due to an ascending train in a tunnel in Kaprun in 2000.
2.1.2 Fatality Rate
We analyse fire fatalities based on the digital version of
Japanese census fire statistics, “Fire Report”, from 1996
to 2010. (See JP 1 in Table 4.) As it gives detailed data
of each fatality, we can pick up fire fatalities as the same
condition as WHO’s one (JP 2b).
Since fatality rates in JP b2 from 2006 to 2010 and AT
2b from 1980 to 1984 indicate similar rates, I compared
these breakdowns of causes in Figure 2.
2.1.3 Number of Fire
Figure 2 shows breakdowns of number of building fire in
Japan (JP 1a, Ave. 2006-2010) and Austria (AT 1, Ave.
1980-1984).
Austrian statistics show a higher number of fires per
capita, though the Japanese fatality rate is higher
compared to Austria. Due to this confliction, I guess that
definition of a fire in each country seems different.
In Austria, the three serious causes (tobacco, heating
device, and cooking device) keep large proportion as
well as Japan, the US, and the UK: number of cooking

device fire keeps similar proportion; heating device fire
is larger in Austria; and tobacco fire is larger in Japan.
Table 3: Type of Statistics

Abb.

Term

JP 1a
JP 1b
JP 2a
JP 2b
AT 1
AT 2a
AT 2b

1949-2004
1996-2010
1998-2014
1996-2010
1950-1984
1979-2014
2007-2014

Contents
Number
Fatality
P (AG)
P (AG)
D (I)
D (I)
P (AG)

Damage
P (AG)
D (I)

Part of 1b

Part of 1b

Part of 1b

P (AS)

P (AS)
P (AG)

P (AS)

Same as 1
P (AS)
P (AS)
Abbreviations: P - paper based data, D - digital data,
(AG) - aggregated data with grand total,
(AS) - aggregated data with subtotal, (I) – individual data

Ref.
No.
[5]
[4]
[1]
[4]
[7]
[2]
[8]

Table 4: Coverage of Statistics in Figure X (41)
Origin

All Fire
Building Fire
Other
Other
Other
Housing
Other
Burn, Poisoning, etc.
Suicide, Fracture, etc.
9.0%
6.5%
50.7%
10.6%
1.8%
21.5%

Cause
JP1
JP 2
AT 1
28%
10%
62%
AT 2
Notes:
- % in “JP 1” gives proportion of fatality by category based on
Japanese “Fire Report”. (Average 1966-2010)
- “Other” means origin of fire is out of buildings (= forest and
transportation fire).

Figure 1: Statistics Overview

Figure 2: Number of Fire (AT Ave. 1980-1984 / JP, Ave. 2006-10)
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GENERAL TENDENCY
2.1.4 Risk Proportion
In detached houses, ca. 40% of fire fatalities occur, and
the proportion of fatality is far larger compared to
number of fire among the categories of fire given in
Figure 3.
Figure 4 shows proportion of causes of fires in detached
houses. As the three serious causes keep large proportion,
I mainly discuss about these three serious causes.
2.1.5 Risk Curve
Reliability engineering deals with not only physicaldamages, but also fatality rates as a kind of probability
of failure. It is known that fire fatality rates correlate to
age of users like as ware-out-failure curve in reliability
engineering. Figure 5 shows various ware-out-failure
curves of fatality rate per age group capita by cause of
fire in Japan.

2.2 VARIABLES AND BIAS
Table 5 gives an overview of parameters to define a real
statistical population of ware-out-failure curves for each
cause. It has been difficult to define a statistical
population of device fires due to biases and unknown
data in parameters. In this paper, we take two steps
(2.3.1 and 2.3.2) to estimate parameters of dives fires.
Table 5: Parameters
Cause
(Type)

Statistical
Population

Parameters
(Biased by…)

Tobacco
(Human)

Number of
Smoker

Number of Inhabitants

Data
T A
✔ ✔

Smoking Rate

✔

✔

Number of Inhabitants

✔

✔

Device Penetration
(Type of structure and zone)
(Fire class)
(Construction period)

✔
✔
?
?

?
?
?
?

Heating
or
Cooking
Device
(Mixed)

Number of
User

Abbreviations: T – Total Number, A – Number by Abe Group,
✔ – Existing Data, ? – Unknown data.

2.2.1 Step 1: Analysis on Tobacco Fire
Tobacco fires arise from only by human factor (=human
error). Carbon monoxide poisoning causes more than
half of fatalities from tobacco fire. It means that the
fatalities occur in the early phase of fire (=before
ignition or flashover). Thus I recognize that fatalities
from tobacco fires are independent from type of
structural material.
Figure 3: Number of Fire Fatality by Type

2.2.2 Step 2: Analyses on Device Fire
Device fires arise from a combination of human error
and mechanical trouble. Distributions of type of devices
can be biased by type of structure and zone, fire class of
building, and construction period. (See table 5.) Also the
age of users influence to probability of the error. Due to
these various parameters, it has been difficult to define
the exact statistical tendency of device fires.
In this thesis, I discuss on the assumption that the
distribution of smokers is uniform in both types of
structures, and the distribution of fatality from tobacco in
each age group shows the distribution of inhabitants in
each category of houses.
2.3 WOOD HOUSES AND UNEVENNESS

Figure 4: Number of Fire Fatality by Cause

Figure 5: Fire Fatalities in Age Group by Cause

2.3.1 Structure and Zone
Use, type of user, number of storey, and zone are four
main factors for decision making on fire class of
structures. In case of detached houses, the zone is the
main factor of the classification of type of structure.
Table 6 shows typical combination between zone and
type of structure with certain fire class. I classify 6 types
of structure into 2 categories, wood and non-wood, as
the statistical population of structures with fire classes
REI 30/60 is enough small. Concerning zone in Figure 6,
almost all the main business and the high-density living
zones are categorised into Fire Proof Zone (FPZ) or
Quasi Fire Proof Zone (QFPZ). Thus I define these two
zones as “urban” and other area as “rural”.
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2.3.2 Proportion of Detached House and Wood
Figure 6 shows that detached houses situated less in
capitals and more in rural areas.
In Japan, ca. 35% of floor space of new constriction use
wooden structure, and ca. 90% of wooden structure is
detached houses. In Austria 24% of floor space of new
constriction use wooden structure. [12] [13]
2.3.3 Construction Period
Figure 7 shows the proportion of the constriction period
in capitals and other cities. More than 60% of housings
in Japan are built in recent 35 years and are far newer
than in Austria. Japanese housings in rural area are older
than housings in the capital, and it is opposite in Austria.

Table 6: Relation between Structure and Zone
Abb.

Type of Structure
(Fire Class)

FPZ
QFPZ
(Urban)

NW

Tendency and impact of each risk factor in Japan are
described in this chapter.
3.1 TOBACCO FIRE
Figure 8 shows the fire fatality rates per one million
smokers live in detached houses. The lines indicate
fatality rates of each type of structure and sex, and the
bars indicate the rates from the combination of both.
Growths in fatality rates show a similar tendency for
both sexes. A gap in aged group (65≤) seems to be
caused by different average lifespan. On the other hand
fatality rates in wood or non-wood show big differences.
If the distribution of smokers is the same proportion in
both types of structures, the different fatality rates show
different proportion of inhabitants. As proof of it, the
distribution of age groups of the head of households in
Figure 9 shows similar proportions between wood and
non-wood.

✔

Wood
W

Other
(Rural)

3 ANALYSES ON RISK FACTORS

Wood (REI 30)

✔

Wood (REI 60)

✔

Non-Wood (REI 60)

✔

Non-Wood (FR 60)

✔

✔

Other

✔

✔

✔

Note: excluding buildings less than 10m2
Abbreviations:
FPZ - Fire Proof Zone, QFPZ - Quasi Fire Proof Zone
Other - Out of FPZ and QFPZ
REI 30 - structures qualifying 30 min fire tests given in EN 13501-2
REI 60 - structures qualifying 45/60 min fire tests given in EN 13501-2
FR 60 - structures by non-combustible material or equivalent performance

Figure 6: Proportion of Detached House

Figure 7: Construction Period of Houses

Figure 8: Fatality from Tobacco Fire [14]

Figure 9: Number of Households [15]

Figure 10: Proportion of Wooden Detached Houses
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Figure 10 shows a comparison of ratios of wooden
detached house to all detached houses about the fatality
rate (left bar) and households (right bar). The both ratios
indicate almost a same percentage, especially in older
age groups. The difference in younger generation (from
20 to 44) seems to result by the small statistical
population. According to this result, we can say that the
proportion of tobacco fire fatalities indicate the
proportion of inhabitants in each structure in the same
age group.
We analysed the proportion of fatalities in detached
houses (not in all housing types) because the
classification of housing types is different in “Fire
Report” and in household statistics. Even in case we
make Figure 9 with the data for all housing types, we can
get the same results.

3.2.2 Critical Point of Heating Device Fire
If we analysed fatality from heating devices by type of
device, type of ventilation influences to fatality rate
compared to type of fuels.
Figure 13 shows the proportion of fatalities by type of
ventilation. Nearly 60% of aged group (65≤) fatalities
occur by unvented heating devices at wooden houses in
other zone. In total, ca. 90% of fatalities in the age group
results from unvented heating devices.
3.2.3 Critical Point of Cooking Device Fire
Figure 14 shows the proportion of fatalities by type of
fuels. Around 35 % of aged group (65≤) fatalities occur
by cooking device with liquefied gas at wooden houses
in other zone. It means risk of cooking devices is
influenced by type of infrastructure.

3.2 DEVICE FIRE

3.3 SUMMARY OF RISK FACTORS

3.2.1 Distribution of Fatalities
According to a fatality rate analysis on tobacco fire, I
suppose that the proportion of fatality from tobacco fire
shows the distribution of inhabitants. We estimated
distribution of inhabitants in the same age group based
on the distribution of fatality from tobacco fire. In Figure
11 and 12, I compared the estimated proportion of
inhabitant and fatalities from other type of fires.
If we observe age group and structure, fatalities from
device fires concentrate on aged group (65≤) in wooden
structures. (See Figure 11.) If we observe age group and
zone, fatalities from device fires concentrate on aged
group (65≤) in rural area. (See Figure 12.)

Type of structure does not influence to fatality rate from
tobacco fires. Concerning device fires, concentration of
fatality in older age group in wooden housing or rural
area. If we compare the fatality rate in the age group up
to 64 and more than 65, the difference is 6 to 10 times.
Certain types of devices cause fatalities, and the
concentrations of the fatalities are higher in timber
houses in rural areas.

Figure 11: Distribution of Fatalities by Structure and Age Group

Figure 13: Fatality from Heating Device by Structure and Zone

Figure 12: Distribution of Fatalities by Zone and Age Group

Figure 14: Fatality from Cooking Device by Structure and Zone
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3.4 DISCUSSIONS
Since the weakness of the thermal condition and
infrastructures of these old wooden houses, these tend to
equip unvented heating devices.
In Japan, two thirds of the houses are one’s own houses
due to housing policy of the government. People tend to
buy their own houses with long-term bank loan (max. 35
years). Thus, older age group tends to live in older
houses, and the tendency is remarkable about wooden
houses. This age group bias toward wooden houses
resulted semblance of high fatality rate.

penetration of cooking devices in both countries; and the
fatality rate is low compared to tobacco and heating
devices.

3.5 CONCLUSIONS ON RISK FACTORS
Fatality rates by each cause in housings are influenced
by age group of inhabitants and type of equipment rather
than type of structural materials.
Problem of wooden house fire means the problem of
houses with old aged inhabitants in rural area (not in
urban area).

Figure 15: Proportion of Age Group (JP/AT)

4 COMPARISON OF RISK DISTRIBUTION
In this chapter, distributions of fire risks in Japan and
Austria are compared based on analysis in chapter 3.
And the breakdown of fire fatalities in Austria is
estimated by a combination of Japanese fire statistics and
Austrian social statistics.
4.1 LONG TERM TRANSITION
4.1.1 Age Group
Figure 15 shows the transition of proportion of age
groups from 1980 / 1981 to 2010 / 2011. Since the
proportion of the aged groups (65≤) influence more to
the fatality rate, we should pay attention to that. In the
last 30 years, the aged group in Austria has kept similar
proportion, and that in Japan becomes more than twice.

Figure 16: Fatality from Tobacco and Heating Device Fire (JP)

4.1.2 Proportion of Smoker
Figure 16 shows transition of the fatality rate in Japan,
and Figure 17 shows transition of the proportion of
smokers per capita in both countries. Japan keeps stable
fatality rate and stable cigarette consumption Austrian
cigarette consumption in age group more than 70 is
decreasing in 30 years.
4.1.3 Penetration of Heating Devices
Japan shows the stable fatality rate and stable penetration
of unvented independent heating devices. (See Figure 16
and 18.) Penetration of central heating system in Japan is
unknown due to quite low ratio.
The proportion of public housings in Austria is far
higher than in Japan. Thus, periodic renovations on the
majority of housing stocks have been carried out. In case
of Austria, independent heating devices had been
replaced by central heating systems, and penetration of
the central heating system in 2001 rises to ca. 90% from
ca. 55% in 1981. (See bars in right half of Figure 19.)
4.1.4 Cooking Devices
Fatality rate from cooking devices are not estimated in
this paper by two reasons: It seems difficult to define the

Figure 17: Proportion of Smoker (JP / AT) [16]

Figure 18: Fatality by Type of Heating Device
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4.2 PRECONDITIONS AND ESTIMATION
4.2.1 Formula
Fatality rates per capita of tobacco and heating devices
in Austria are estimated based on several coefficients
given in Table 7 (a to e), and calculated by (1) and (2).
 

 
𝑑 = 𝑑   (1), 𝑒 = 𝑒    (2)
 

Figure 19: Penetration of Heating Device (JP / AT) [17]

  

4.2.2 Coefficients
According to former study, fatality rate in aged group is
decreasing from former to recent due to an improvement
of physical condition the group. Thus two sets of
coefficients are given in Table 7 for both countries, and I
use the same fatality rate in age groups for both countries
in the counterpart period. Coefficients in 1996-2000 in
Japan are used for estimation for Austria in 1981-1985,
as periods of data collection are not same in both
countries.
4.2.3 Adjustment
Figure 20 shows the average temperature of the month in
Japan and Austria, and figure 21 shows the distribution
of heating device fatalities of the month in Japan. High
fatality rate appears in months with average temperature
below 15 deg. Japan records below 15 deg. for 6 months,
and Austria records it for 9 months. (See c2 in Table 7.)

Figure 20: Average Temperature of the Months

4.2.4 Estimation
Figure 23 gives the results of estimations on the
proportion of the fatality rate from tobacco and heating
device fires. Japan keeps similar fatality rates in both
causes in both periods because the balance between
growth of proportion and reduction of fatality rate of the
aged group are almost same. Fatality rate in Austria
become lower in 2006-2010 due to reduction of smoke
consumption in aged group and reduction of independent
stove.
Table 7: Coefficients for Estimation

Figure 21: Monthly Average Fatality from Heating Devices [18] (

Figure 22: Unvented Heating Devices with Electricity and Oil

Japan
Japan
Austria
Austria
(1996-2000)
(2006-2010)
(1981-1985)
(2006-2010)
a) Proportion of Age Group
≤19
21.3%
18.3%
27.7%
21.3%
20-64
62.5%
59.7%
57.8%
61.5%
65≤
16.2%
22.0%
14.5%
17.2%
b) Percentage of Smoker in Age Group
(1)
(2)
33.4%
27.8%
20-64
35.8%
28.8%
(1)
(2)
13.2%
6.2%
65≤
18.5%
12.1%
c) Heating Device (Unvented or Independent)
c1. Penetration
60.0%
60.0%
45.0%
8.0%
c2. Month
6
6
9
9
d) Tobacco Fatality Rate (per 1mil. in Total Population)
≤19
0.04
0.02
0.06
0.02
20-64
1.05
1.02
0.87
1.01
65≤
1.11
1.14
0.78
0.47
Total
2.20
2.17
1.70
1.50
e) Heating Device Fatality Rate (per 1mil. in Total Population)
≤19
0.08
0.04
0.12
0.01
20-64
0.39
0.25
0.41
0.05
65≤
0.89
1.04
0.90
0.17
Total
1.37
1.33
1.42
0.23
Notes: (1) Ave. 1979&1986, (2) 2006
Estimated Numbers in Italic
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5 SUMMARY AND CONCLUSIONS

Figure 23: Estimation of Fatality Rate
4.3 DISCUSSIONS
For further detailed estimation, we need to define three
points in 5.1 to 5.3. These points are related to not only
to precise statistical analysis but also to reduce frequency
of fire.
4.3.1 Type of Housing
Proportions of private detached houses are similar in
both countries, but housing policy in urban area is in
contrast in Japan and Austria.
Concerning urban housings, the proportion of public
housing is far higher in Austria than in Japan. Since the
socially disadvantaged people tend to be high-risk group
of fire, well-maintained public houses can reduce fire
risk. The penetrations of central heating systems are
almost same in among different housing type (apartment
house or detached house and private or public).
4.3.2 Regulated Performance
In Austria, all thermal-, acoustic-, fire- performances are
regulated in the building code. In other hand, even
Japanese code regulates fire-performance of detached
houses, thermal- and acoustic- performances are still if
possible options.
In case we intend to reduce frequency of fire, better
thermal performance with safe heating device will be
important. Nevertheless, if we construct buildings by
wall system (=not post and beam), higher thermal
performance tends to reduce fire resistance.
4.3.3 Type and Maintenance of Devices
The fatality rate in Figure 23 was estimated with
coefficient based on Japanese fire statistics, but we
should examine type of independent heating devices in
Japan and Austria. The former means unvented standalone devices, and the latter means fireplaces with
chimneys. Fire statistics in the UK may be a better
sample for the coefficient.
Also differences of maintenance of heating and cooking
devices should be examined. In Japan, no one checks
condition of devices other than the owners of the
dwellings. In Austria, it is the duty of inhabitant that
their devices with fuels must be checked by
chimneysweepers in each 3 months.

Influences of accompanying problems on fire risk in
wooden housings are analysed based on statistical data
calibration, analysis of risk factors Japanese fire statistics,
comparison of the distribution of risk factors, and
estimation of fatality proportion in Austria.
In Japan, wooden structures are mainly used for
detached houses. These fatality rate from tobacco fire is
not influenced by type of structural material. Fatalities
from unvented heating devices are centred in the older
age groups (65≤) live in wooden detached houses in rural
area. Typical life styles or character of inhabitants in
Japanese wooden detached houses seem to cause high
fatality rate.
According to estimation concerning distribution of risk
factors and proportion of age group, the reason of low
fire fatality rate in current Austria seems to result from
high penetration of central heating system.
In Japan, the fatality rate from housing fire is influenced
character or lifestyle if inhabitant rather than type of
structural material. Risk of fire by internal factors is
problems of the quality of rural housings rather than
urban ones.

6 DISCUSSIONS IN THE FUTURE
Japan and Austria can be good international collaborator
due to deferent accumulation of knowledge.
Comprehensive discussions on fire risk management
with the three pillars trough the material life cycle will
be important to accelerate the sustainable use of wood.
6.1 SUSTAINABLE USE OF WOOD
6.1.1 Predominance of Wood
Lightweight and workability have been the important
predominance of wood since ancient time, and because
of the predominance, wood has been mainly used for
small-scale constructions by manual operation.
Nowadays these can be cost benefit for large office
buildings: The lightweight realises fast and clean
construction with small crane; or simplification of the
foundation works with less permanent loads; and
Workability adds flexibility on building elements for
renovation of its facilities and equipment of buildings.
6.1.2 Three pillars of Sustainability
A combination of high added value consumption of
wood in urban offices and good thermal condition in
rural detached houses will be important to add
economical and social pillars for sustainable use of wood.
For the future development of wood based buildings,
two aspects should be realized in same time: pulling up
the top technical solution for urban offices; and raising a
standard of thermal condition of rural detached houses.
6.1.3 Material Lifecycle
If we intend to reduce the risk of fire and to use wood in
a sustainable way, it is necessary to discuss not only
about fire performance but also other conditions in the
whole building / material life cycle.
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6.1.4 Risk and Performance
If we intend to reduce human damage from fire, it is
necessary to consider the balance of various
performances. For example, sometimes, high fire
resistance contradicts to high thermal performance. In
my own opinion, the combination of higher thermal
performance of housings with safe heating systems is
much important than fire resistance performance in
structure to reduce the root of fire risks.
We have same kind of contradictions on sustainability
during material lifecycle of wood as well.
6.2 MUTUAL DEVELOPMENT
6.2.1 Data Analyses
Japan has good fire statistics but does not have enough
data about building stocks. That is why it has been
difficult to analyse the influence of accompanying
problems on fire risks.
Austria has not collected detailed fire statistics since
1985; nevertheless statistics on building stocks are tied
to information about the age of the inhabitants and type
of heating devices. Thus, if we analyse Japanese fire
statistics excluding domestic confounding factors and
collect Austrian fire fatality statistics (less than 50 per
year) in same condition as Japanese one, we can make
further analysis about the causal relationship between
fire fatalities and the certain type of lifestyle.
6.2.2 Practical Solutions
If we use wood for housings, we should discuss about
reduction of accompanying problems. In that meaning,
Austrian social housings should be examined from the
viewpoint of fire risk management. As technical
solutions for green housing (high thermal insulation and
low energy consumption) are highly developed in
German speaking countries, these solutions can be useful
for improvement of Japanese detached houses.
If we review our preconception against wood, office is a
better use of wood-based structures than housings from
the viewpoint of fire risk. Structural elements of office
buildings can be a suitable topic for common
international development because office holds less fire
risk and less domestic accompanying problems. It will
be possible to use current Japanese technical solutions
for office buildings in Austria and other EU countries as
well.
6.3 CONTRIBUTION OF ENGINEERING
As a part of comprehensive discussions on risk
management on wood, we should consider the frame of
application of engineering. In this paper, I did not deal
with fires by external causes (Arson, war, rare natural
disasters, etc.) because these should be treated other
category of studies. I think that deterrent systems are
more important against fires caused by intentional
activities like arson, and economical transfer systems for
recovery can be more important for very rare natural
disasters.
It is said that the strict requirements on fire resistance of
wood-based structures arise construction cost around 510%. Concerning the size of the economy per GDP,

investments for constructions are around two digits
larger than budgets for social countermeasures (e.g. fire
fighting or insurance).
If we invest the same amount for something with smaller
size of the economy, an impact of the investments is
larger. And if we can prevent fires in an earlier phase
(before ignition to structural elements), it is a better
option for invests the same amount of money.
It is to be desired that adequate frame of contribution of
engineering and interdisciplinary discussions for
sustainable use of wood.
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ENHANCE FIRE BEHAVIOR OF WOOD-BASED BUILDINGS IN SOCIAL
HOUSING

Alireza Fadai1, Michael Kist2, Wolfgang Winter3, Christoph Radlherr4
ABSTRACT: Recent developments in structural design and timber engineering favor the increased use of the
renewable resource wood as an alternative, high-performance construction material to meet rising quality demands
regarding functionality, durability and fire safety. In several research projects of the Department of Structural Design
and Timber Engineering (ITI) at the Vienna University of Technology (VUT) the combination of timber products with
other conventional building materials and components was explored with the purpose to fulfill the most stringent fire
instructions in the building sector and the fire safety standard requirements [10-13]. The reported research shows results
regarding the fire behavior of wood-based buildings in residential housing and indicates a potentially fire-retarding
thermodynamic effect in wood-based composites.
KEYWORDS: Fire scenario, fire resistance, wood-based construction, fire protection, wood lightweight concrete

1 INTRODUCTION 123
According to the European Construction Products
Regulation No 305/2011 [1], harmonized protection
targets are valid across Europe; the countries or
provinces have adopted these targets. However, the level
of protection, meaning requirements buildings must meet
in case of fire, which are needed to reach the defined
protection targets, are not subject to common
regulations. I.e. due to the different need for security that
is recognized by a given society, different construction
methods are dictated by the countries. These methods
will be discussed, particularly concerning timber
construction in buildings with 6 to 9 stories, so largescale residential projects. For the comparison, the fire
safety regulations in Austria, the Austrian Institute of
Construction Engineering (OIB) guideline 2 [2] and the
Swiss Association of Cantonal Fire Insurance (VKF) fire
safety guidelines [3-5] are used to establish and visualize
differences and potential in relation to the level of
protection in residential buildings when using timber
elements.
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2 PROTECTION TARGETS AND
LEVEL OF PROTECTION
In general, the safety philosophy can be described to
characterize the Austrian and the Swiss fire safety
regulations: By organizing buildings in different risk
groups, certain building types that are frequently
encountered in practice are described and defined, thus
creating concrete preconditions and framework
conditions for the establishment of clear regulations
concerning fire protection. The building type-specific
requirements with regards to the construction materials’
reaction to fire and fire resistance duration is based on
the safety philosophy that states, that the more stories,
the larger the fire compartments, the higher the
occupancy and the higher the number of possible uses,
the higher the risk potential and the more difficult it
becomes for the fire brigade to extinguish a fire.
Consequently, the requirements made of construction
materials’ or elements’ fire protection properties increase
– i.e. the contribution walls and floors make to a fire is
reduced and the fire resistance duration is increased. In
this respect the regulations of EN 13501 “classification
of construction products and types with regards to their
reaction to fire” apply [6], [7].
Based on the fire scenario in apartment structures, the
level of protection (requirements regarding the
flammability and fire resistance of timber construction
materials and construction elements) is fixed, always
taking into account the fire brigade’s firefighting
capacities. With two burning apartments on top of each
other, the extent of the acceptable damage is taken into
account as well [4], [6].
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2.1 FIRE SCENARIO IN SOCIAL HOUSING
During the temporal course within a fire scenario in a
residential building, the fire emergence (phase 1,
Figure 1), the full fire (phase 2, Figure 1), the subsiding
fire and the end of the fire in an apartment are described.
In such case, a vertical fire transfer via window openings
that are situated one above the other on the façade takes
place, resulting in simultaneous fires in more than one
fire compartments in a building.
Based on the type and amount of existing flammable
materials (fire load) made up of furniture and the
construction (walls, floors) the speed at which the fire
spreads and the length of the fire are defined.
In a fire scenario it is assumed that due to the amount of
oxygen in a room of an apartment, a full fire is reached
with closed windows and doors and that a vertical
transfer of the fire to the apartment above takes place.
The fire in an apartment is extinguished once all
flammable materials are burned, or as soon as fire
brigades have extinguished the fire.
In an apartment with non-flammable enclosing
components that withstand a fire, the end of the fire
caused by burning furniture (qf,k = 980 MJ/m² as an 80 %
quantile) [6] is expected earlier than 90 minutes after the
beginning of fire, and even earlier in case that fire
brigades intervene successfully (Figure 1). In case that
flammable immobile construction elements (timber) are
accepted, the intensity of the fire will not increase
significantly, because due to the limited ventilation area
not the entire disposable energy contained in the timber
elements can be set free.
Without an intervention of the fire brigade, the duration
of the fire is extended until the entire construction has
burned down (structural failure). There is a difference in
the speed at which the fire spreads in the burning area
when flammable immobile construction elements
(timber) or non-flammable immobile construction
elements
(brickwork,
concrete,
plasterboard
constructions) are used, because in the first case, more
flammable surface is available and as a result the
flashover in the burning area is reached much earlier.
Fire brigades are alerted and informed about a fire in a
building by residents or neighbors when flue gas and
flames become visible. In general, a fire becomes
recognizable as soon as the flashover takes place. The
success in extinguishing the fire before the entire fire
load in an apartment is burned depends on the fire
brigade’s strength (gear, staff) and the intensity of the
fire, meaning the type of flammable materials and the
size of the fire area.
In residential buildings small-scale floor plans (rooms),
apartment sizes between 45-120 m² and limited window
areas (minimum 10 % of the rooms’ area) mean that a
fire can be assumed to be small to medium sized. – In
detail this would mean, that a fire creates between 5 to
25 MW of energy per apartment that needs to be fought
by the fire brigade [5].

Legend

1
2
3
t0
tt0

HRR

growth phase
fully developed fire
decay (cooling stage)
start fire [min]
flashover [min]
heat release rate

Q1
Q2
Q3
tact
tcon
tsub

burning fire load in 1 [MJ]
burning fire load in 2 [MJ]
burning fire load in 3 [MJ]
start firefighting [min]
fire control [min]
fire-extinguishing [min]

Figure 1: Fire scenario in residential buildings, floor area
100 m², and taking into account the fire brigade’s
extinguishing efforts [5]

2.2 APPLICATION OF FIRE PROTECTION
REGULATIONS
Basic differences between the fire protection regulations
in Austria and Switzerland consist in the names of the
construction elements with fire protection requirements.
The Austrian OIB Guideline 2 “Safety in case of fire”
uses the classification system for construction materials
(A, B, C, D, E, F) and grades of fire resistance (R, EI,
REI) used in OENORM EN 13501-1 and 2 [7]. In
addition, the maximum amounts of stories in which
persons may stay are defined and the fire safety
requirements increase accordingly. Buildings are
graduated into 5 building classes (building class 1 with
an escape level up to 7 m, detached, building class 2
with an escape level up to 7 m, non-detached houses, 5
apartments maximum, building class 3 with an escape
level up to 7 m, building class 4 with an escape level up
to 16 m, building class 5 with an escape level up to 22
m) and high-rise buildings with a total height under 30
m, such as high-rise buildings higher than 30 m [2], [7].
In Switzerland, the fire protection guidelines of the VKF
(Vereinigung Kantonaler Feuerversicherungen) translate
the European classification system for construction
materials and fire resistance classes for construction
elements into a Swiss system. Construction materials are
categorized into RF1 (non-flammable), RF2 (fire
resistant) and RF3 (flammable), with and without critical
construction materials (cr), i.e. flammable components.
Construction elements with fire resistance classes R
(resistance), EI (E - room closure, I - isolation) and REI
(R - resistance, E - room closure, I - isolation) are
summarized as F-elements. The Swiss classification
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system uses three building classes with increasing fire
protection requirements, buildings of low height (up to
11 m building height, 4 stories), medium-height
buildings (up to 30 m building height, 9 stories) and
high-rise buildings (up to 100 m building height). The
requirements that construction materials and elements
must fulfil are summarized in a table and they are
divided into purely construction-related fire protection
measures and fire protection measures with a sprinkler
system [3], [5], [7], [8].
Table 1: Comparison of fire protection requirements in
OIB RL 2 and VKF concerning construction materials

Fire walls, double
façade at the
property boundary
Load-bearing, fire
compartment
creating components
underground floor
Load-bearing
components over
ground floor
fire compartment
creating components
vertical emergency
escape
fire compartment
creating components
horizontal emergency
escape
fire compartment
creating components
accommodations
{1}

up to
6 stories
OIB RL2
(2015)

up to
8 stories
OIB RL2
(2015)

up to
9 stories
VKF
(2015)
structural

up to
9 stories
VKF
(2015)
exting.sys.

REI90
A2

REI90
A2

REI90
A2

REI90
A2

R90
A2

R90
A2

R60

R30

R90

R90
A2

R60

R30

EI90
A2

R90
A2

EI60
A2

EI60 {1}

EI90

EI90
A2

EI30 {1}

EI30 {1}

EI90

EI90
A2

EI30

EI30

first layer in EI 30, A2

flammable
non-flammable (A2)

Table 2: Comparison of fire protection requirements in
OIB RL 2 and VKF concerning construction elements in
building façades

Safety distance to
façades
Exterior wall
thermal insulation
system
Façades hanging,
ventilated, backventilated outer layer

up to
6 stories
OIB RL2
(2015)

up to
8 stories
OIB RL2
(2015)

up to
9 stories
VKF
(2015)
structural

up to
9 stories
VKF (2015)
exting.sys.

4m

4m

5 m {1}

5 m {1}

C-d1

C-d1

C-d2

D-d2

D-d0

B-d1

D {2}

D-d2

A2

A2

D-d0 {2}

D-d2

D-d0

C

D-d0 {2}

D-d2

Heat insulation
Substructure
{1}
{2}

first layer in EI 30, A2
VKF classified system

flammable
low flammability
non-flammable (A2)

The comparison of the fire protection standards OIB RL
2 and VKF in table 1 “structural fire protection
requirements in residential buildings”, and table 2
“façades” shows differences concerning the use of

timber construction elements. Both standards prescribe
that no spreading of the fire across more than two stories
above the burning story can take place before the arrival
of fire brigades. Protection goals are defined as the
“effective restriction of fire transfer” and “effective
prevention of falling façade elements” [5] [9].
Based on structural fire safety requirements when using
flammable construction elements, it can be noted that
defensive fire protection, i.e. the fire brigade, always has
to successfully extinguish a fire. The fire protection
standards in Austria assume that a fire in a building with
up to six stories where flammable weight-bearing and
space-enclosing construction elements were used is
extinguished within 90 minutes from the start of the fire.
In the case of buildings with up to eight stories, no early
success in extinguishing the fire is required from the fire
brigade because the existing fire load consisting of
furniture in apartments will be burned after 90 minutes
and the structure can survive the fire. The acceptable
extent of the damage here also comprises two burning
apartments lying on top of each other.
In principle, the Swiss VKF fire protection standards
assume that a fire in a building with up to nine stories
will – at the latest – be successfully extinguished by fire
brigades 60 minutes after the fire started, with two
burning apartments lying on top of each other.
2.3 ENCLOSURE OF FLAMMABLE
CONSTRUCTION MATERIALS
In the Swiss VKF fire protection standards “construction
materials and elements”, encapsulation methods of
flammable construction materials according to EN
13501-2 [7] are defined as such that when materials are
encapsulated according to the standards, they are equal
to construction materials with a fire behavior A2 – nonflammable – i.e. RF1.
These can be used following the table containing the
requirements for the construction of stairways. As a
general conclusion, it is also permitted to use timber as a
load bearing structure. The only requirement is that
panels or other constructive solutions that are able to
contribute to the fire protection for at least 30 minutes
protect the timber element.
For example a construction element RF1 (no
contribution to fire) and REI60 (resistance, room closure
and isolation for at least 60 minutes) must be panelled in
a way that K30 (encapsulation for 30 minutes) and A2
(non-flammable) are ensured to reach a fire resistance
duration of 60 minutes for the entire construction. In
case of a combustible material such as timber a K60
(encapsulation for 60 minutes) and A2 (non-flammable)
panelling is required to reach REI60 [3].
The Austrian OIB RL 2 standard for fire protection does
not define encapsulation classes according to EN 135012 [7]; however, in principle an application is possible
through the “guideline for the deviation from OIB RL 2”
[2]. Construction elements with an R, EI or REI90 and
A2 rating can thus be used in the same way as
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encapsulated construction elements K90 and A2, taking
into account the defined protection level. Therefore, the
essential components cannot contribute to fire for at least
90 minutes. A second possibility is given when a
sprinkler system is used that results in a reduction of the
requirements with regards to the flammability of weightbearing and space-enclosing building elements from A2
to D (acquiescing contribution to fire). [2]

Figure 2: RF1-construction element, space-enclosing
wall- and floor structure with flammable timber construction
(cross laminated timber - CLT) elements with a fire resistance
of REI60

In accordance to the cladding criterion K load-bearing
timber structures need to be protected against
inflammation for a certain required time span, which is
generally 60 minutes (criterion K60) or 90 minutes
(criterion K90). The constructive dimensioning of
claddings has to be designed in a way that an average
temperature increase of 250°C and a maximum
temperature increase of 270°C are not exceeded on the
surface of the load bearing structure, which is decisive.
Moreover, a carbonization of the surface and a
penetration of fire and smoke must be prevented.

sustainable building technology. Experimental research,
design and assessment of structural wood-based wood
lightweight concrete composites are illustrated below.
3.1 STRUCTURAL BUILDING MATERIAL WLC
WLC (also designated as cement bonded woodchip) is a
mixture of cement, woodchips or saw dust, which can be
applied for building interior and outer construction.
Wood-particles as they are used in WLC are a byproduct of the timber production. The primary advantage
of waste wood aggregate (around 90 % of the volume
content) is the low weight and high thermal insulation
value of the material.
WLC is a well-established building material for use in
non-structural components. Many products are on the
market – cement-bonded wood, wood wool or woodfibers boards – typically used for insulation and surface
finishing. Recent developments deal with WLC bricks
and complete monolithic wall elements [15-16]. These
developments show new ways in the use of WLC and
broke the ground for new fields of application. The
newly developed timber-WLC composite elements by
the ITI show a new direction to future generations of
polyvalent multi-material and highly competitive
ecological building components (Figure 3 and Figure 4).
Due to the used aggregates and additives, WLC
compositions
can
provide
differing
material
characteristics.

3 CONSTRUCTIVE PROCESSES AND
INTERVENTIONS
Within several research projects and with the aim to
optimize structural performance, energy efficiency and
ecological characteristics of structural building
components the Department of Structural Design and
Timber Engineering (ITI) at the Vienna University of
Technology (VUT) developed several wood-based
composite systems, which combine timber products with
other conventional building materials and components.
Thus, the fire behavior of timber can be improved by a
combination with other materials [10-13]. As a
representative example for these developments, the
application of wood lightweight concrete (WLC)
composites illustrates the extent of interrelationships in
the development of complex system solutions when
focusing on the increase of resource efficiency [14].
The
proposed
technology
combines
concrete
construction tradition with organic renewable resources
as an alternative to conventional concrete or masonry,
also opening opportunities to reduce carbon emissions
through the increased use of wood for construction. This
opens new application fields for a smarter wood-based
construction, with an increased volume and use of
locally available wood from renewable resources,
allowing for substitution of more traditional construction
materials by a more ecological, economic and

Figure 3: Timber-WLC composite
floor system

Figure 4: Timber-WLC
composite wall

The objective of the current research project wood-based
concrete: building construction with composite elements
of wood-concrete compounds and timber “WooCon” is
to develop innovative wood-based composites as
structural building components with distinctly improved
fire performance characteristics. The overall goal of the
research projects is to improve substantially the fire
performance of the timber structure itself, to reduce
effectively the need for further safety-ensuring measures.
Hereby the aim is to investigate and exploit beneficial
thermal effects, which arise when timber is combined
with other conventional building materials and
components under the extreme conditions of a fire load,
while keeping or, ideally, improving the structural
efficiency of the building components under regularly
assumed mechanical loads.

WCTE 2016 e-book | 4021

3.2 TESTS ON FIRE RESISTANCE
The fire safety characteristics of the WLC were
identified by explorative tests (Figure 5 and Figure 6).
The aim of those tests was to contribute to the
optimization of timber-WLC composite constructions in
terms of flammability. The specimens were tested and
evaluated in fire safety tests. The fire safety
characteristics of the most promising conceptual designs
for floor and wall elements were developed and
analyzed.
3.2.1 EXPERIMENTAL INVESTIGATION OF
CEMENT-BONDED WOOD CHIPBOARDS
In the course of a first assessment, different WLC
products on the market, insulation chipboards WS35 and
WS50 with a density of 560 kg/m3 and noise protection
chipboards WSD35 and WSD50 with a density of 750
kg/m3 were compared concerning to their combustion
behavior [17]. They consist of equivalent material
components but different weighted share. The
manufacturer specifies the flammability class A2 for
both materials, but does not promulgate information
about the detailed compositions so that the proportion of
wood contents and binding agents can only be estimated.
It is, however, to be expected that the raw density of
cement-bonded chipboards rise with the increase of the
content of cement. Referring to tests with different
cement bonded woodchip mixtures which were made at
the Munich University of Technology in the course of
the dissertation of Krippner in 2004 [8] the mixture of
the two decisive products is estimated as followed:
• insulation chipboard WS50 (5 cm), raw density
560 kg/m3:
wood content approx. 350 kg/m3, cement content
approx. 200 kg/m3, relation W/C: 1.75
• noise protection chipboard WSD50 (5 cm), raw
density 750 kg/m3:
wood content approx. 250 kg/m3, cement content
approx. 350 kg/m3, relation W/C: 0.71
In the first testing stage, the combustion rates of WS50
and WSD50 panels were tested in accordance to the
uniform-temperature-time-curve (UTTC) and visually
classified. The UTTC is internationally recognized as an
ISO-curve and used for common fire testing to simulate
a real fire scenario (compare also to Figure 13, oven
temperature as an approximation to the UTTC).
Table 3: Optical classification of insulation chipboards WS50
after 15 min, 30 min, 45 min, 60 min fire load

Duration
[min]
15
30
45
60

valuation by
observation
1.5-2.5 cm
3.0-4.0 cm
4.0-5.0 cm
break up of panel

Acceleration
speed [mm/min]
1.0-1.66
1.0-1.34
0.67-1.12
-

Figure 5: Optical classification of insulation chipboards
WS50, from left before fire testing, after 15 min, 30 min and
45 min under fire load
Table 4: Optical classification of noise protection chipboards
WSD50 after 15 min, 30 min, 45 min, 60 min under fire load

Duration
[min]
15
30
45
60

valuation by
observation
0.5-1.0 cm
1.5-2.0 cm
3.0-3.5 cm
4.0-4.5 cm

Acceleration
speed [mm/min]
0.34-0.67
0.50-0.67
0.67-1.00
0.67-1.00

45 min

60 min

75 min

90 min

105 min

135 min

Figure 6: Optical classification of noise protection chipboards
WSD50, after 45 min, 60 min, 75 min, 90 min, 105 min and
135 min under fire load

As noise protection chipboards have a greater fire
resistance than conventional insulation chipboards, they
were used for all further tests.
3.2.2 PRETESTS ON COMPOSITE BODIES
In the course of several fire testing, the temperature
development was measured in the gap between noise
protection chipboards and the timber surface, which is
necessary to be found out for the valuation of the
cladding criterion. Therefore, the temperature was
regulated appropriate to the uniform-temperature-timecurve and measured with thermocouples. Finally, the
results were evaluated, documented in time-temperature
curves and compared to each other.
Pretests brought the awareness that an unwanted and
non-controllable heat input from the sides needs to be
prevented by the use of an additional insulation. The test
specimen construction was finally used for any further
construction. Moreover, the temperature development
was measured in the gap between the reference material
gypsum plasterboards (2 x 1.5 cm) and the wooden
surface. The results were compared with results that
were already known from testing at the Fraunhofer
Institute for Wood Research [18].
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temperature [°C]

As both results were identical it was concluded, that the
general conditions of the small-scale trials on which this
publication is based were appropriate.

2x 1.5 cm gypsum plasterboards
3.5 cm noise protection chipboard WSD35

time [min]

Figure 7: Comparison of temperature development on the
wooden surface underneath 3.5 cm cement bonded woodchip
boards (orange, carbonization after approx. 72 min) and 3.0
cm gypsum fiberboard (green, carbonization after approx. 57
min), decisive: Δtaverage=250°C

With the direct comparison between the product-related
not equally dimensioned noise protection chipboard
(3.5 cm) and gypsum plasterboards (2 x 1.5 = 3.0 cm) it
was determined that the 17 % thicker composite material
wood lightweight concrete reaches a 36 % longer lasting
resistance period considering to the cladding criterion
(Figure 7).
3.2.3 MAIN EXPERIMENTS

03 - Screws
Figure 8: Three different test types of timber-noise protection
chipboard composites (test series 01 – idealized jointless
single-layer composite, test series 02 – one (and two-) ply
panel joint, test series 03 – screws)

3.2.4 TEST SERIES 01 - IDEALIZED JOINTLESS
SINGLE-LAYER COMPOSITE
The construction of the test series 01 is equivalent to the
decisive preliminary tests (cf. 3.2.2), but in this case, the
thicker noise protection chipboards WSD50 were used.
This superordinate test types consisted of two different
durations, whereby some trials were stopped after 60
minutes of exposure and some trial were stopped after 90
minutes.

In the course of the main experimental phase, 17 single
tests were made that are assigned to the following three
superordinate test types:

Figure 9: Wooden cross laminated timber (CLT) surface of
two samples after temperature exposure in accordance with the
uniform-temperature-time-curve (left after 60 Minutes, right
after 90 minutes)

01 - Idealized jointless
single-layer composite

02 - One (and two-) ply
panel joint

As shown in Figure 9 the surface of the CLT element
complies with the initial conditions after 60 minutes with
the exception of smaller discolorations in the middle and
border areas so that the structure can be considered
completely undamaged. In conformity with the
temperature curve the first critical temperatures appear
after 83 minutes (compare to Figure 13, decisive joint
between cladding and CLT surface – black line), an
extensive carbonization can be estimated after 86.5
minutes, which seems to fit to the conclusions that can
be made by the visual assessment after 90 minutes,
where all three measuring points are captured and the
carbonization is well advanced in general.
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It can also be seen that due to heat convention conditions
in the furnace the longitudinal side of each test sample
with a greater distance to the propane torch in general
was subjected slightly higher temperature loads, as
chemical decomposition processes of the timber and the
lateral insulating panels was slightly further in progress
than the rest of the sample.
3.2.5 TEST SERIES 02 - ONE OR TWO-PLY
PANEL JOINTS
In the course of the second test series, the temperature
development at the deepest point of a one-ply joint
between two adjoining insulation chipboards was
examined to get a comprehension of how much the
protective function decreases compared to the ideal
jointless composite.
With a joint width ≤ 1 mm, the temperature
development within the first 45 minutes was equivalent
to the development in the previous series. Subsequently
there is a sudden temperature rise that reaches a
temperature level between 700°C and 900°C after
90 minutes, depending on the panel thickness. The
conducted measurements between two adjoining noise
protection chipboards WSD35 show a resistance
duration of 53 minutes and in case of WSD50 boards
57 minutes, so both cases do not fulfil the necessary time
span for the cladding criterion.
The fire behavior of a two-ply encapsulation in which a
second panel layer was put underneath the gap between
two adjoining upper panels was also examined. Thereby
the lower layer was glued on the CLT element and the
upper layer was screwed to the lower layer.
According to theoretical point of views, the convection
through an additional lower layer can be avoided
completely. The test realization with this specimen
shows that the carbonization of the CLT surface can be
prevented completely within a time span of 90 minutes.
Measurements beyond 90 minutes were not made.
3.2.6 TEST SERIES 03 - SCREWS
Generally, fire protective products are fixed with
metallic joining means on the subsurface. On a fire
protective point of view joints are absolute weak points
of a cladding, as they offer a considerable contribution
for a faster heat transmission into the inner part of the
building component. It can be basically distinguished
between screws, nails or brackets whereby the
numeration order corresponds to the practical
significance. It can be assumed, that screws cause the
most heat input into the building component due to their
large cross section area and brackets provide the lowest
contribution.
Indeed brackets are used for panel products with low
thicknesses. For this reason, screws are of utmost
importance for wood lightweight concrete panels.

For the fulfilment of the K60 cladding criterion
throughout the entire fire resistance rate it is necessary
that the critical temperatures remain under the maximal
permissible temperature rise (250°C in average and
270°C maximum) and carbonized does not appear for a
certain time period which is also valid for the closer
range of the screws.
The criteria that are necessary to fulfil the cladding
criterion are set in the OENORM EN 13501-2 [7]. In
practice, there is a scope for interpretation with regard to
the effective carbonization moment, as pyrolysis effects
usually tend to overlap. Generally, a discoloration of the
panel surface is not classified as a carbonization. Based
on observations during the experimental procedure it can
be adhered that cement bonded wood products tend to
have a much shorter time span between the first apparent
discolorations and an effective carbonization than
mineral products such as gypsum fiberboards or
plasterboards [19]. Discolorations on wooden surfaces
on the other hand are clearly visible.

Figure 10: Thermocouples around screws, measurement
directly at the screw shaft (left, in 5 mm distance (middle), 10
mm distance (right)

For the third test series chipboard countersunk screws
with the measurements 6 x 100 mm were used. To
control the temperature rise thermocouples were affixed
loop-shaped around the screw threads. As a result, a
subsequent shifting can be prevented. Further
measurement points were mounted in a distance of 5 mm
and 10 mm. These additional measurement information
were necessary to generate a temperature distribution
model over the time course of demand processes around
the screws. For a better accuracy the cable, routing was
fixed with brackets.
The results based on the measurements were
summarized to a final approximation model (shown in
Figure 11). This model shows that the sphere of a single
countersunk screw (6 x 100 mm) within the test duration
complies a radius of just 10 mm, which can be explained
with the low thermal conductivity of wood. The
boundary zone of this area shows the same temperature
conditions as they are known from test series 01
(idealized jointless single-layer composite).
The temperature conditions were measured in intervals
of 10-15 minutes (30 min, 45 min, 60 min, 70 min, 75
min, 80 min and 90 min). After 15 minutes, all three
measuring points have reached the limit temperature
value of 100°C. Subsequently a continuous increase of
the temperature difference between the screw shaft and
the boundary zone until the maximal deviation between
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both areas (280°C) is reached. Finally, the pyrolysis
effective zones all over the surface adjust to the
temperature level at the screw shaft. An exposure time of
86.5 minutes can be seen as the point of full
carbonization of both composite parts. An exceedance of
the relevant limit temperatures starts after approximately
50 minutes, whereby an explicit appearance of charcoal
could be observed after 60 minutes. Therefore, the
modelling of the temperature distribution directly at the
screws represents an approximation with a great
safeness.
temperature distribution after 90 min
temperature distribution after 86.5 min
temperature distribution after 75 min
temperature distribution after 70 min and 80 min
temperature distribution after 60 min
temperature distribution after 45 min
temperature distribution after 30 min

Figure 11: Chronological sequence of temperature
distributions in the close range of a screw shaft in the gap of a
timber-wood lightweight concrete composite test sample (noise
protection chipboards WSD50 and CLT) under fire exposure in
accordance with the uniform-temperature-time-curve

Series 02: Panel joints (one or two-ply)

1 x WSD35; w= 8.83 %, CLT;
w=15.50 %, „joint, one layer“
1 x WSD50; w= 8.80 %, CLT;
w=15.40 %
„joint, one layer“
2 x WSD35; w= 8.80 %, CLT;
w=15.40 %
„joint, two layers“

53.00

53.50

57.17

56.34

> 90

> 90

Series 03: Screws

1 x WSD50; w= 8.50 %, CLT;
w=14.90 %, „measuring at
screw“
1 x WSD50; w= 8.50 %, CLT;
w=14.90 %, „measuring 5 mm
distance“
1 x WSD50; w= 8.50 %, CLT;
w=14.90 %, „ measuring 10 mm
distance“

50.42

47.09

68,25

65.84

84.33

83.17

3.2.8 TEMPERATURE DISTRIBUTION IN THE
CROSS SECTION
To create a basis for optimization purposes of timberWLC constructions based on test series 1 further fire
tests were carried out. Instead of previous measurements
in two layers (oven and wood surface) measurements in
six different layers with 11 measuring points were made
and on the wall side the surrounding temperature was
measured. For the test specimen three CLT plates with a
thickness of 1.9 cm were used instead of the otherwise
used CLT element with 12 cm. As soon as
thermocouples were positioned between the gaps, they
were tied positively to the noise protection chipboard
and fixed by brackets. Additionally filigree boreholes
were made into the boards to affix thermos couples in a
depth of 1.25 cm and 2.5 cm with two measuring points,
each, which determine the temperature distribution in the
protection panel.

Figure 12: Slight discoloration of the wooden surface around
screw shaft after 60 minutes fire stress (left) and carbonization
after 90 minutes fire stress (right)

3.2.7 COMPARISON OF THE TEST RESULTS
The test results show that timber-WLC composite
constructions considerably contribute to fire resistance
without additionally encapsulation of timber (Table 5)
Table 5: Comparison of the test results of series 1-3
Description

Duration
until Δtaverage
=250 °C
[min]

Duration
until Δtmax
=270 °C
[min]

72.17

71.09

86.67

83.00

97.17

95.67

Series 01: Idealized jointless single-layer composite

1 x WSD35; w= 8.70 %, CLT;
w=15.50 %, not bonded, „dry“
1 x WSD50; w= 8.70 %, CLT;
w=15.50 %, not bonded, „dry“
1 x WSD50; w= 12.44 %, CLT;
w=15.50 %, not bonded, „humid“

Figure 13: temperature curve of a timber-WLC composite
(CLT and noise protection chipboard WSD50) under fire
exposure in accordance with the uniform-temperature-timecurve, measurements made by 11 NiCr-Ni thermocouples in 6
layers (4x oven, 4x WSD50 boards, 1x joint, 2x CLT element)

The multi-layer measurement enables a simultaneous
comparison of time temperature curves in different
layers.
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It clearly shows the appearance of a temperature plateau
for all layers between 95°C and 100°C that is already
known from several former tests (Figure 13 compare
also with Figure 7) independently of whether the
capillary structure is broken (joint between WLC and
CLT) or not (measurement in the WLC or CLT). The
deepness of measurement and the velocity of the
temperature-effected water outlet seems to be the
determining variable for the duration and the point in
time of the temperature plateau.
With the compiled results a temperature-cross section
diagram (Figure 14) could be generated, in which the
temperature conditions at different fire load times are
represented. The dates 15 min, 30 min, 45 min, 60 min,
75 min and 90 min were chosen to be decisive. In the
diagram, the achievement of a temperature increase of
270°C (marked with a green vertical line) is relevant for
the carbonization at the specific position. An intersection
with the temperature status lines makes it possible to
recognize the carbonization deepness for a certain time
interval.

board with a thickness of 5 cm and a fire testing duration
of 90 minutes an average one-dimensional combustion
rate of 0.58 mm/min can be detected, which is slightly
lower than the combustion rate of timber (0.65 mm/min).
Because of the high temperature incline in the cross
section within the first minutes, an idealized strictly
linear relation between combustion depth and time unit
was not considered to be target-orientated. The real
progress is shown in the upper drawing of Figure 16 and
was replaced by a bilinear model with a bilinear bent at
the time t = 45 min and a combustion depth of 15 mm.
This leads to a one-dimensional combustion rate of
0.33 mm/min for the time span t = 0-45 min and a onedimensional combustion rate of 0.84 mm/min for the
time span t = 45-90 min.

Figure 15: Experimental setup for the modelling of the time
varying temperature distribution in the cross section

Figure 14: Chronological sequence of the temperature
distribution in the cross section of a timber-WLC composite
(CLT and noise protection chipboard WSD50) under fire
exposure in accordance with the uniform-temperature-timecurve, measurements made by 11 NiCr-Ni thermocouples in 6
layers (4x oven, 4x WSD50 boards, 1x joint, 2x CLT element)

The determined progresses of the temperature
distribution also make it possible to recognize a
carbonization under the cladding of a 5 cm noise
protection chipboard after approximately 86.5 minutes
and in a depth of 3.5cm (in accordance with a noise
protection chipboard WSD35) after approximately 69
minutes. These two results can be also compared to the
results that are already summarized in Table 5.
Finally, the combustion depth per time unit can be
determined (compare with the visual classification of
noise protection chipboards in Table 4). For a WSD50

Figure 16: Combustion per time unit for a noise protection
chipboard WSD50 in a timber-WLC composite structure (top),
idealized model of a bilinear burn rate for a noise protection
chipboard WSD50 in a timber-WLC composite structure
(bottom)
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4 CONCLUSIONS
The European countries have to face increased changes
in the demands on buildings. A set of new requirements
concerning environmental aspects and sustainability is
obliged to be translated into the built reality. To reduce
dependency on the non-renewable resources, it needs
new alternatives especially in the construction sector.
The demand can be relieved by recycling and
substitution. Wood as a sustainable and an ecological
material has an excellent chance to be an alternative
construction material in urban areas. The renewable raw
material wood is available in a sustainable way; the basic
technologies are well known and good examples of
wood-based building already exist - in the past few
years, an increasing number of wood-based buildings
have been constructed in Central and Western Europe
e.g. single-family houses, multi-story condominiums,
schools, hospitals and office buildings.
The test results are compared to traditional
configurations in timber/timber-concrete composite.
These show that timber-WLC composite constructions
considerably contribute to fire resistance without
additionally encapsulation of timber. Based on these,
buildings
containing
timber-WLC
composite
constructions can achieve the same levels of safety as
buildings made of non-combustible materials. This shall
form the basis for new fire protection strategies, which
shall ultimately be drawn up in design guidelines to
facilitate implementation in structural design practice.

5 ACKNOWLEDGMENTS
The research project “WooCon (wood-based concrete:
building construction with composite elements of woodconcrete compounds and timber)” is a collaborative
effort of the ITI/VUT and the University of Applied
Sciences of Western Switzerland (HES-SO), School of
Engineering and Architecture of Fribourg (CEA-FR). It
is funded as part of the national research program 66
“Resource Wood” [406640_136918/1] of the Swiss
National Science Foundation (www.nrp66.ch). The
authors gratefully acknowledge the financial support of
the Austrian Science Fund FWF (www.fwf.ac.at, project
number I 976-N20) and also wish to thank VUT and
HES-SO for the additional financial support and the
industrial partners ERNE AG and VIAL SA for their
support and expertise in conceptual design and providing
of testing samples.

REFERENCES

[1] REGULATION (EU) No 305/2011 OF THE
EUROPEAN PARLIAMENT AND OF THE
COUNCIL of 9 March 2011, http://eurlex.europa.eu/LexUriServ/LexUriServ.do?uri=OJ:L:
2011:088:0005:0043:EN:PDF
[2] OIB Guideline 2, Safety in case of fire, Austrian
Institute for Construction Engineering, 2015.

[3] VKF Guideline 13-15., Baustoffe und Bauteile,
Vereinigung Kantonaler Feuerversicherungen, Bern,
2015
[4] VKF Guideline 15-15., Brandschutzabstände,
Tragwerke,
Brandabschnitte,
Vereinigung
Kantonaler Feuerversicherungen, Bern, 2015.
[5] VKF Guideline 14-15., Verwendung von
Baustoffen,
Vereinigung
Kantonaler
Feuerversicherungen, Bern, 2015.
[6] Kist M.: Advancement in fire safety in multi-story
timber constructions, Doctoral thesis, Vienna
University of Technology, 2013.
[7] ÖNORM EN 13501-1 and -2, Fire classification of
construction products and building elements,
Austrian Standards plus GmbH, Vienna, 2009.
[8] R.
Krippner:
Untersuchungen
zu
Einsatzmöglichkeiten von Holzleichtbeton im
Bereich von Gebäudefassaden, Master Thesis,
Munich University of Technology, 2004.
[9] Brandschutz
bei
hinterlüfteten
Fassaden,
Österreichischer Fachverband für hinterlüftete
Fassaden, 2013.
[10] Wolfsgruber J.: Vorversuch zum Brandverhalten
von
Holz-Metall-Verbundelementen
(Versuchsbericht),
Vienna
University
of
Technology, 2007.
[11] Kist M.: Holzhochhaus mit Stahlbetonkern
“Woodstock”, Master Thesis, Vienna University of
Technology, 2010.
[12] Kühle S.: Untersuchung zum thermischen
Bauteilverhalten eines Holz-Stahl-Hybridmodells
unter Brandbeanspruchung, Master Thesis, Vienna
University of Technology, 2013.
[13] Radlherr C.: Fire behavior of timber-concrete
composite structures with particular focus on
cement-bonded boards composed of wood
lightweight concrete: experimental and numerical
investigations, Vienna University of Technology,
2015.
[14] Fadai A.; Winter W: Ressourceneffiziente
Konstruktionen
in
Holzleichtbeton
Verbundbauweise. Bautechnik. 91 (10):753–763,
2014.
[15] Ståhl A.: Cement-bonded wood composite as
structural element in internal walls, Master thesis,
Luleå, Sweden: Department of Civil, Environmental
and Natural resources engineering, 2011.
[16] van Elten E. J.: New developments in the field of
Wood Cement Products. International InorganicBonded Fiber Composites Conference (IIBCC).
Aalborg, Denmark, 2010.
[17] VELOX Werk GesmbH, “http://www.velox.at/,”
[Online]. [Accessed June 15, 2015].
[18] Hosser, D.; Kampmeier, B.; Kruse, D.; Rüther, N.:
Optimierung
der
Konstruktion
und
der
Herstellprozesse
von
hochfeuerhemmenden
Holztafelelementen unter sicherheitsrelevanten,
technischen und wirtschaftlichen Gesichtspunkten
(Optimierung K60), 2010.
[19] ÖNORM EN 1363-1, Fire resistance tests, part 1:
general requirements, Austrian Standards plus
GmbH, Vienna, 2012.

WCTE 2016 e-book | 4027

FIRE RESISTANCE FOR LOW-RISE HOUSING IN THE TROPICS:
TEST RESULTS FOR BAMBOO-BASED CONSTRUCTION SYSTEMS
Corinna Salzer1*, Holger Wallbaum1, Lily Tambunan2
ABSTRACT: The use of round bamboo as load bearing member for low-rise housing is an interesting alternative
construction method for tropical regions. Similar to timber engineering, a predictable fire resistance is a requirement for
its legal approval and application at scale. The research presents fire test results on selected bamboo-based construction
systems developed in Asia-Pacific and Latin America. Tests were conducted in Indonesia according to the National
Standard SNI 1741, which is referring to ISO 834-1 and JIS A 1304. Different bamboo wall cross-sections were tested
in specimens of 1050mm by 1050mm and evaluated according to insulation, integrity and mechanical resistance
criteria. All specimens received a rating of 60 minutes resistance. The research provided a general understanding of the
system response and highlighted critical variables of the wall system, which can be transformed into design
recommendations.
KEYWORDS: fire resistance, structural bamboo, experimental testing, low-rise housing, building system, Asia and the
Pacific, Latin America

1 INTRODUCTION 123
In fast growing urban areas of Asia, Africa and Latin
America, there is a tremendous need for cost-efficient
and more sustainable construction technologies. A major
share of houses is needed among low income groups,
which are also disproportionately vulnerable to extreme
impacts caused by a complex set of shortcomings [1],
[2]. In addition, the construction sector is responsible for
high global resource and energy consumption as well as
waste and emission production, requiring building
solutions to become more sustainable [3]. Therefore
technical, economic, ecologic, and social requirements
for the needed housing are high. Conventional market
offerings often fail to serve this housing need: Concrete
and steel based construction mismatches mostly with the
affordability for low income groups. Sustainable growth
mechanisms for timber are only slowly being build-up
and depletion of stocks occurs, which increases the
pressure on the resource timber in many emerging and
developing countries. In this context, available
alternative construction materials offer an interesting
entry point for improvement. In tropical regions, the
application of round bamboo as load bearing members
for housing can be an affordable local alternative to
timber, concrete, and steel.
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As displayed in Figure 1, bamboo is a rapidly renewable
raw material, which can be found between 50° North and
47° South latitude around the world [4], [5].

Figure 1: Global Bamboo Distribution [4]

Remarkably, countries in which bamboo exists are often
the ones with highest urban population growth rates and
housing backlogs. Due to the annual reproduction of
bamboo poles, and a matureness for structural
application reached in only 3 to 5 years [6], [7], the
boundary conditions for sustainable supply chains
without depletion of existing stocks are good. Given its
availability and affordability, bamboo has been used
traditionally in many cultures. As the hollow tubular
shape of bamboo is naturally suited for high load
transfers along its grain, one of the existing applications
for round bamboo is housing. However, for example in
Asia and the Pacific, bamboo-based houses are mostly
found in rural areas in which bamboo is exposed to sun
and rain as element of the outer building envelope [8]. In
contrast to timber engineering, where surface
1
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deterioration of a solid timber can be accounted for the
structural design of the cross section, the deteriorated of
thin walled bamboos with a fixed cross section might
mean a critical loss of structural stability.
Only few traditional and modern building methods using
structural bamboo have considered durability, technical
reliability and compliance to construction regulations in
their development stage. These aspects are necessary
performance indicators in the urban housing field, in
which a reliable building performance has to be ensured
to policy makers, loan providers and potential house
owners accepting long term financial commitments. To
transform a none-specified raw material into a reliable
building system for the urban housing market, traditional
knowledge has to be supplemented with research and
development tackling open questions for a standardized
construction. In the last two decades research and
application has successfully delivered some answers , for
example in the fields strength grading of selected
bamboo species, development and testing of connection
types, design of specific details and conceptualization
and testing of cost-efficient, durable building methods
able to resist local design impacts. In some countries of
Latin America and Asia such as [9]–[11] this
development has led to Building Codes for bamboo or to
legally approved housing projects [12]. Even a first
international standard on structural design was
implemented [13].
This research focuses on such a technically refined and
tested building system described as Cement-Bamboo
Frame System and as constructed by [12]. The described
building system is rooted on practices in Latin America
[9], [14] and got refined for an application in Asia
through standardization and prefabrication concepts, as
well as an inclusion of traditional practices and
innovative ideas in the Philippines [8]. A short
introduction to the constructive system is given in the
following to derive its relevant performance
characteristics. The structural system is shear walls
containing two main components: a shear resisting frame
and a wall cover. The shear frame is made-up of bamboo
and wood, with metal or bamboo bracing and metalmortar connections. Horizontal timber rails at the bottom
and top and vertical bamboo studs are connected through
metallic anchors. Diagonal flat bars or bamboos are used
as braces to resist lateral forces. The cover of the frame
is characterized by the plaster carrier, the plaster and its
anchorage system onto the shear frame. For all three
variables, several configurations can be found. The
plaster carrier, for example, can be made from a bamboo
brought into a flattened shape, a wood sheeting on which
surface a wire mesh is fixed for cohesion and crack
reduction of the plaster, or an expanded metal mesh. The
plaster carrier is fixed to both bamboo studs and timber
rails of the shear system and contributes to the stiffness
of the system. The anchorage of the cover onto the shear
frame is realized through common nails or screws. The

plaster itself can be of different mixture and thickness
and contain additives or not. The components of the
system are visualized in Figure 2.

Figure 2: Cement-Bamboo Frame System

The design loads considered in the technical
development of this building system includes extreme
impacts such as earthquakes, typhoons, flooding and fire
impact. The compliance to fire safety standards is a
must-have criterion for all urban settlements, while the
occurrence of earthquakes, typhoons and flooding varies
regionally, but commonly occurs in the Philippines,
where [12] is building houses.
Fire resistance was long a major barrier for the scale-up
of timber engineering [16]. The need for a predictable
and safe building response under fire impact was
motivation to conduct research over the last decades and
finally overcome this barrier [17]. For bamboo-based
building systems it is similarly critical to develop and
prove functioning concepts in order to approve the raw
materials usage for construction. First results on the fire
resistance for round and laminated bamboo were
obtained by [18] for the bamboo species Gudaua
Angustifolia Kunth sourced in Colombia. The study
looked at the properties heat flux, flame spread, and
charring rate. The ignition critical heat flux was found to
be 14 kW/m2, both for round and laminated bamboo
specimens, compared to a reference value of 11kW/m2
for plywood. Round bamboo resisted ignition longer
than laminated products and fame spread was identified
comparable to wood products. A charring rate of
0.24mm/min was determined, which is clearly lower
than publications state for solid hard and softwood
ranging from 0.55-0.82mm/min as published by [19]–
[21]. Tropical wood species were found with charring
rates also as low as 0.41mm/min [22]. The study for
bamboo on material level concludes that performance
indicators on fire reaction and fire resistance are
comparable or better than wood and a favorable fire
behavior exists. As a reflection on this study, it can be
said that the late ignition of round bamboo can be related
to the high silica content of fibres in the bamboo skin.
Since towards the inner wall of bamboo the ratio
2
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between fibers and matrix changes, this has likely an
effect on the charring rate from outside to inside. It is yet
to be tested whether the initial ignition is delayed, while
an acceleration in charring rate over time is to be
expected towards the inside of the bamboo pole. Besides
the fiber content, a variety of further factors can
influence the charring rate such as among others
permeability, density, grain direction, moisture content
and more, while the individual contribution of these
factors to the charring rate has not clearly been
determined [23]. Further testing on material level is
recommended to verify the results of [18] including
consideration of other bamboo species to ensure
conservative assumptions for the design of bamboobased structures.

Picture 1: Close-Up of a Bamboo Culm Cross Section [24]

Fire impact remains to impose a more critical challenge
for round bamboo due to its hollow shape and thin walls
of 8-12mm. In timber construction a solid cross section
can be designed according to the required fire resistance
level, for example as done in [25]. For bamboo,
independent of a late ignition and a favorable charring
rate, once ignited it will decrease the fixed cross section
sensitively setting its structural performance and the
minimum penetration depth of anchors for the separating
cover at risk. This is especially valid when looking at
resistance level for houses of 60 minutes, being a
requirement in many bamboo growing countries. As the
raw material itself cannot sustain such durations, a
protection of round structural bamboo is needed to
prevent direct fire exposure. While laminated bamboo
enables the design of cross sections according to
minimum structural needs, similar to solid and laminated
wood, the production requires industrially advanced
facilities. Logistics, financial investments and a stable
quality control are often times not available in many
bamboo growing countries. Therefore the focus of this
paper remains on the research question of fire resistance
for round bamboo used in building systems for housing.
A protection of the structural elements can be obtained,
among others, through the application of fire retardants
on the structural members or sandwich wall cross
sections in combination with further building materials.
In [26] the effect of fire retardant on industrially
processed bamboo products was assessed. Similarly to
timber engineering it was found that the method of

application and the type of retardant itself has an impact
on both physical and mechanical properties of the
laminated bamboo products. The identification of
correction factors is needed for proper consideration of
the usage of retardants in structural design. Retardants
on round bamboo have not yet been evaluated and need
to consider the challenge of bamboos smooth outer skin.
Latter will limit the suitability of existing products from
the timber sector due to reduced penetration and
cohesion properties. While reducing the bamboo skin to
enable penetration and cohesion, it goes in line with
removing the natural silica protection of the skin too.
Besides technical considerations, also economic and
ecologic considerations have to be included in such an
assessment. A sandwich application has been assessed
by [27], using laminated bamboo panels. The evaluated
wall cross section was composed of a 10mm laminated
bamboo panel placed on the fire none exposed side,
84mm heat insulation material and a 10mm gypsum
panel on the fire exposed side. A temperature on the
unexposed side of below 84°C and no charring of the
bamboo product was enabled through the protective
function of the gypsum board as well as the insulation
material. A one hour fire rating of the structure was
obtained. However, given load bearing function of the
wall section is wanted, fire exposure from two sides has
to be assumed and an additional mirroring of the
sandwich layers would be required. Further findings of
the testing were: local smoldering, as occurred over 12
hours for the test specimen, highlights the relevance of
proper fire extinguishing to avoid loss of integrity over
time and full scale testing has the advantage to visualize
effectively weak construction details, in this case,
openings of the building envelope, which can lead to
early ignition at such details.
The fire resistance of building systems using round
bamboo as structural members has not yet been studied.
The research evaluates performance of wall elements of
the Cement-Bamboo Frame System introduced above
under impact of fire. With this, the paper contributes to
the research gap of unlocking the material round bamboo
for the global housing needed.
This study tested fire resistance of the Cement-Bamboo
Frame System in Indonesia. With more than 250 Mio
inhabitants, Indonesia experiences rapid urban growth
[2]. Further, a scarcity of timber, an abundance of not
fully exploited bamboo, as well as a test stand for fire
testing, made it an interesting sample case. As
implementation reference of the building system, the
sizable application by [12] in the Philippines was taken,
as visualized in Picture 2/3, where no test stand exists.

3
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structural species in a highly populated area ensured the
significance of the selection.
Method
Systemic fire research distinguishes between testing on
member, part and building level, as visualized in
Figure 3. This paper has conducted experimental fire
testing of wall elements of the Cement-Bamboo Frame
System and is therefore on the level of components or
parts.

Picture 1: Structural System implemented by BASE [12] in a
cooperation project with [28] in Iloilo | Philippines

Picture 3: Completed house as implemented by BASE [12] in a
cooperation project with [28] in Iloilo | Philippines

Several countries in Asia-Pacific, such as Vietnam,
Thailand, India, Bangladesh or Nepal are possible
further possible transfer countries with similarly a high
need for affordable housing and underutilized bamboo
potential. The building system has therefore a large
potential to be transferred to other countries, given
specific local cultural needs and design impacts are
adjusted.

2 MATERIALS AND METHOD
For evaluating the fire resistance of the Cement-Bamboo
Frame Building System, experimental testing was
chosen. In the following the materials, test method and
specimen design are described with more detail:
Materials
The specimens for testing used the bamboo species
Gigantochloa Apus, available and common in Java,
Indonesia. Java, the island of Indonesia with the largest
population of approximately 145 million inhabitants is
an attractive housing market [2]. The bamboo species
was chosen because of its structural characteristics, its
affordability and availability in Java. Gigantochloa Apus
has a typical diameter of 80-100mm and a minimum
wall thickness of 8-12mm in the structurally deployed
part of the bamboo pole. Its mechanical properties have
been identified by [29]. An available, affordable,

Figure 3: Systematic Fire Research on Member, Part and
Building Scale highlighting part level focus of this study

Through configuration testing, variables of the wall
system were understood in-depth. A detailed description
of the results is subject to a more comprehensive
publication. This paper mentions the evaluated variables
and summarizes key findings for norm testing on part
level. Assessed variables were: (1) Effect of fire
retardant on round bamboo, (2) Anchor options to fix
protective cover in bamboo, (3) Type of plaster carrier,
(4) Plaster thickness, (5) Plaster composition, (6) Usage
of additives in plaster, and (7) Existence of one or two
layers of the protective cover. Based on the results of
pre-testing, two recommended wall configurations were
derived. Latter were tested in standardized experimental
tests following the National Standard of Indonesia SNI
1741: Testing method of fire resistance for structural
components in houses and buildings [30]. The standard
was developed by the Indonesian Government and refers
to two acknowledged fire standards being ISO 834-1:
Fire resistance tests - Elements of building construction
[31] and JIS A 1304: Methods of fire resistance test for
structural parts of buildings [32]. The furnace
temperature curve of SNI is similar to ISO. Time for fire
exposure was 60 minutes being an accepted resistance
standard in many countries of bamboo growth.
4
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As the assessed wall system is load-bearing, its
mechanical resistance under fire impact is important.
The separating function of the wall system is further
essential to prevent fire spread in dense urban
settlements. In the following, it is referred to three
performance categories as introduced in [30]–[33]:
Insulation (I) and Integrity (E), both needed for the
separating function of systems, and Mechanical
Resistance (R) for its load-bearing performance. As
measure for insulation, the temperature increase over
time on the unexposed side of the construction was
evaluated. The integrity criterion is visually assessed
through the aspects surface damages and flame spread at
the unexposed side during the testing. The mechanical
resistance is ideally evaluated during testing. As the test
stand had no option to test under load, a process along of
recommendations of [33] was implemented as described
below:
1. Observed charring depth of structural member
after fire testing
2. Assessment according to the reduced cross
section method with the effective cross section
being the residual cross section minus areas of
zero strength and stiffness.
3. Verification of performance through testing of
the structural members after fire testing with
reduced mechanical properties.
4. Decision of sufficient load bearing capacity
according to: Ed < Rd
Specimen Design
Variables investigated under the configuration phase and
fixed for the norm testing are summarized below:
� Plaster thickness: The cement plaster acts as fire
protection material. Its thickness is critical for the
protection time and was designed according to
protective function needed to maintain a
minimum allowable bamboo cross section after
60 minutes of fire exposure. The failure time of
protection is assumed through simplified factor of
1.4 multiplied with the thickness in mm as
suggested in [33]. To balance protective function
with dead weight of the plaster, a 25mm plaster
was applied.
� Plaster composition: A standard plaster mixture
was chosen without use of additives.
� No fire retardant on round bamboo: The surface
treatment of bamboo has indicated positive
effects, but requires more in-depth studies. For the
norm testing it was therefore excluded.
� Standard anchors: To fix the cover in the
structural bamboo, common nails were used.
Special screws or anchors were excluded to reflect
the most conservative, affordable and simple
specimen configuration.
Variables varied in the norm testing:
� Type of plaster carrier: A common organic plaster
carrier made from bamboo and a metallic plaster

carrier was tested. Both are flexible to
accommodate for diameter differences of the
round bamboo ensuring a straight wall finish.
� Existence of one or two layers of protective cover:
As load bearing construction elements shall be
designed for fire exposure from both sides at the
same time, specimen were designed with
protective cladding from both sides. However the
affordability requirement motivated the testing of
an economic configuration using a single layer
cladding only. Latter was tested to account for a
conservative initial state, which is meant to be
upgraded afterwards to two layers.
The above mentioned variables led to four wall cross
sections tested as summarized in Table 1.
Table 1: Summary of test specimen, 2nd Phase

ID
1
2
3
4

PLASTER CARRIER
Type A: Organic
Type B: Metallic
Type A: Organic
Type B: Metallic

COVER
One layer
Two layers

All layers of the wall cross section were considered with
their position in the assembly to reflect on the separating
function. Specimen of the size 1050mm by 1050mm
were produced as displayed in Figure 4-6 and
Pictures 4/5.

Figure 4: Specimen design for fire testing- Constructive
Details for specimen with metallic plaster carrier

Figure 5: Specimen design for fire testing- one layer of
protective cover

5
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Figure 6: Specimen design for fire testing- two layers of
protective cover

Test Facility
The test facility used was the Research and Development
Center for Housing and Settlements in Bandung / Java,
Indonesia [34]. The facility conducts accredited fire
testing for approval in Indonesia. Researchers at [34]
were further in charge in formulating the SNI standard.
Pictures 4/5 show the furnace in the test facility,
Picture 6-8 the installation of the specimen with
thermocouples at the furnace prior to testing.

Picture 8: Specimen with thermocouples prior to testing

3 RESULTS
The results obtained after the one-hour fire impact are
presented according to the categories Insulation (I),
Integrity (E) and Mechanical Resistance (R), as required
for elements with separating and load-bearing function.
The thermocouple readings at the furnace during testing
provide evidence that the temperature curve of SNI / ISO
was followed with sufficient precision during the whole
testing period of 60 minutes, as documented in Graph 1.

Pictures 4/5: Furnace for testing fire resistance at [34]

Temp at Thermocouple [°C]

SNI / ISO Temperature Curve and Thermocouple
reading at furnace

1000

800
600
400
200
0

0 5 10 15 20 25 30 35 40 45 50 55 60
Time [minutes]

Graph 1: Temperature Curve of SNI / ISO standard and
furnace temperature recorded during testing

Pictures 6/7: Installation of specimens prior to testing

Insulation (I): Graph 2 displays the temperature increase
over time on the unexposed side of the construction. All
tested specimens received an insulation fire rating of
60 minutes. Maximum reading of a thermocouple at the
fire unexposed side was 80°C after 60 minutes, with
other thermocouples ranging from 50°C upwards
depending on the thermocouple location. 80°C is clearly
below maximum allowable temperatures according to
norm of 140°C (average) and 180°C (max). Graph 2
shows the maximum and minimum thermocouple
reading for specimen ID1 (organic plaster carrier) and
ID2 (metallic plaster carrier). Specimen ID1 had an
additional insulating effect compared to ID2 as well as a
less rapid temperature rise due to the insulating effect of
the organic plaster carrier. Given that both specimens
performed sufficient, insulation was not deemed a
critical variable for the wall system.
6
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Temp at Thermocouple [°C]

Thermocouple reading of specimen ID1 (dashed
line) and ID2 (solid line)
80
60
40
20
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10 15 20 25 30 35 40 45 50 55 60
Time [Minutes]

Graph 2: Min / Max thermocouple reading of specimen with
organic and metallic plaster carrier

Specimens ID3/4 were more conservative in comparison
to ID1/2 in regards of their insulation properties.
Temperature readings increased more rapid and already
after 10 minutes of testing, while ID1/2 specimens only
showed temperature rise after 20 minutes. A maximum
temperature of 100°C after 60 minutes was obtained.
Since the results for ID3/4 specimens remained in
allowable temperature range, it was assessed uncritical
provided that the specimen with one layer protection is
exposed to fire from its protected side. The behaviour of
specimen ID1/3 is displayed in Graph 3.
Thermocouple reading of specimen ID1 (dark solid
line) and ID3 (light solid line)
Temp at Thermocouple [°C]

fire unexposed side of the specimen, as shown in Picture
11.

100
80
60
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20
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5

10 15 20 25 30 35 40 45 50 55 60
Time [Minutes]

Pictures 9 / 10: Visual assessment of Surface Integrity after
Testing of two specimens with different plaster carrier, left:
organic, right: metallic

Picture 11: ID3 specimen with organic plaster carrier during
test when cracking of protective cover occurred

For the specimen ID3/4, where structural bamboos are
unprotected at the unexposed side, the existence of a
plaster layer at the unexposed side was an important
feature to suppress flame spread and fulfil integrity
criterion. In that way, no flame spread occurred during
60 minutes although the structural bamboo partially
started to be affected by fire from the exposed side
(Graph 10).

Graph 3: Test reading of thermocouples of selected specimen
during testing

Integrity (E): The integrity of all specimens was
maintained during the period of testing. No flame-spread
on the fire unexposed side occurred, neither for
specimen ID1/2 nor for ID3/4. An assessment of the fireexposed and unexposed surfaces during and after the
testing indicated however a different behaviour between
ID1/3 and ID2/4 respectively. Under impact of fire, the
specimen ID1/3 encountered strong cracking and partial
flaking of plaster portions. The occurrence of wider
cracks at the fire exposed surface increased the risk of
linear heat peaks. Both effects were significantly reduced
with specimens ID2/4. The visual assessment of the
crack pattern and crack width indicated less cohesion
between the organic plaster carrier and its plaster cover.
Error! Reference source not found.s 9/10 show left
specimen ID1 and right specimen ID2. The appearance
of cracks was also observed during the testing from the

Pictures 12 / 13: ID3/4 specimen after testing on unexposed
side

Graph 2: Schematic drawing showing effect of plaster layer on
fire unexposed side of specimen

Most critically, it has to be mentioned that possible
effects of reduced penetration depth of anchors holding
the cover due to starting charring of the bamboo were
less visible when testing without load and only a post
testing assessment enabled its evaluation. According to
7
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[33], a minimum anchorage penetration of 10mm is
required for timber structures. If this requirement is
followed for bamboo with a typical bamboo wall
thickness of 10mm, any kind of charring would be equal
to a failure, although structural capacity would allow for
a reduced cross section.
Mechanical Resistance / Stability:
The mechanical resistance of the wall systems during
fire exposure was maintained. Since the test stand at [34]
did not provide testing under load, the mechanical
resistance was assessed through determination of the
effective cross section of bamboo after 60 minutes fire
exposure. Although different levels of charring were
identified for specimen ID1/2 from no charring to
punctual, linear or regional charring of up to 5mm, the
load bearing capacity of bamboo poles after fire impact
remained sufficient according to the criterion Ed < Rd.
This is mainly determined by high safety factors and
needs to be reflected in a more detailed study. The
suggestion of a classification of the degrees of charring,
calculations of the respective effective cross-sections and
corresponding compression test results prior and after
fire exposure are subject to a comprehensive publication.

Picture 14: Removal of protective cover to assess residual
bamboo cross-section after fire exposure of 60 minutes

Picture 15: Classification and systematic assessment of degree
of charring on structural bamboo

To be highlighted are that the increased organic matter
of specimen ID1/3 caused longer smoldering periods and
enabled higher flame spread across the wall than
specimen ID2/4. Both characteristics are a critical risk
factor for the mechanical resistance of the wall assembly
and favour specimen ID2 over ID1. For specimen ID1/2
a second layer of 25mm plaster enhances the
compartmentation, however, since structural bamboo in
the wall center starts charring after the failure time of
layer one, the second layer acts only for fire protection
from both sides of the walls, but does not increase the
protective function.

4 CONCLUSIONS AND
RECOMMENDATIONS
Fire resistance is a critical requirement for building
technologies using organic structural members. This
paper assessed the fire resistance of an alternative
construction technology using shear frames made of
round bamboo and timber. Due to the hollow shape and
thin walls of bamboo members, the fire resistance of
bamboo walls has to be obtained through a protective
cover. In case of the evaluated building method, this is a
cement based cladding fixed to the structure on a plaster
carrier. With a target resistance of 60 minutes, the
configuration of the cover was a key factor for sufficient
protection of the structural members. Through
experimental fire testing a recommendable system
configuration was derived and relevant criteria
determined, such as (1) Usage of favorable plaster
composition limiting cracking and crack width on the
plaster surface of walls, (2) Usage of a plaster carrier
with good cohesion to plaster and minimal flame spread
during fire exposure, (3) Application of plaster on fire
unexposed side to avoid flame spread in case of interior
bamboo exposure and (4) Anchorage system ensuring
performance of protective cover in limited wall thickness
of bamboo. For all specimens, insulation performance
was good. For integrity performance, the metallic plaster
carrier performed better than the organic one. For the
mechanical resistance, charring of bamboo has to be
prevented completely to ensure compliance to minimum
penetration depth of anchors holding the protective cover
in the bamboo. A detailed assessment of the mechanical
resistance of bamboo poles after fire exposure showed,
on the other hand, that initial charring after failure of the
protective cover does not set the load bearing capacity of
the system at risk immediately and could possibly be
considered for the system performance. Further studies
to determine necessary safety factors and reduced
mechanical properties for structural bamboo are
recommended.
In addition to the active resistance of the building
system, a passive protection through risk reduction is
recommended for bamboo-based housing projects.
Structures using round bamboo for load transfer are to be
embedded in a holistic fire safety concept, including setbacks between houses, minimum requirements for safe
electrical wiring, behavioural trainings for inhabitants
and a general firefighting concept for settlements with a
relevant share of houses made from organic matter.
Finally, holistic fire safety concepts have to consider
realities in settlements of rapidly growing urban centers
in Asia, Latin America and Africa.
A Structural Fire Design for bamboo-based structures is
recommended for the future, which allows the
calculation of design strenght and stiffness of wall
elements under consideration of a partial safety factors
for bamboo in fire and the determination of a
8
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modification factor for fire. Since research about the fire
resistance of bamboo-based housing is a rarely touched
field, the paper highlights fields for further scientific
attention:
�
Deepen the assessment of the stability criteria for
specimens: Through testing at facilities with
ability to test under load or a systematic
assessment of bamboo cross sections and load
bearing capacities, leading to the formulation of
modification factors for mechanical properties and
partial safety factors for bamboo in fire.
�
Design of connections and anchorage systems in
bamboo for effective fixture of protective cover
onto the shear wall frames during fire impact.
Further, detailing of connections between wall to
roof, wall to intermediate floor, fire walls between
housing units etc.
�
Verification testing of [18] on member level for
ignition time and charring rates, as these are
critical variables for the performance of combined
systems and needed to predict bamboo in a
conservative manner.
�
As recommended by [33] and conducted in [27],
effective fire design is based on a combination of
tests, simulation and calculations allowing the
calibration of thermal properties to test results.
Doing so on building scale enables to see the
combined action of parts as well as weaknesses.
�
Assessment of the smoke spread of bamboo and
bamboo based houses.
�
Assessing the transferability of research results
across bamboo species of structural grade as well
as varying growth regions to increase significance
of the research findings. Latter includes a
comprehensive review of building standards such
as Eurocode, ISO, JSP, SNI and others, to
understand comparability of test results, where
needed.
Research on more building systems, larger
�
structures and/or settlement level.
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Mod llin o h at trans r in tim r

V. D. Thi 1, M. Kh li a 2, M. El Ganaoui 1, Y. Ro aum
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ABSTRACT: This paper presents a numerical model for heat transfer in timber structures. The thermal behaviour is
described by the standard Fourier heat equation. The chosen model integrates the three modes of heat transfer; namely:
conduction, radiation and convection during the fire exposure. The theory and the boundary conditions associated with
the model are briefly discussed. The identification of the model parameters is carried out with the experimental data
available in literature. The simulation results are compared with experiments carried out on laminated veneer lumber
(LVL) panels.

KEYWORDS: Pyrolysis, Fire behaviour, Laminated Veneer Lumber, Heat transfer analysis, Finite element analysis.

1 INTRODUCTION 123

use of timber in the construction industry requires a high

Timber is the only structural material of biological

level of knowledge and expertise. It is important

origin. Timber manufactured from sustainably managed

therefore to characterize the mechanical, physical and

forests is in tune with the changing environmental

thermal properties of timber to ensure the reliability and

requirements and energy saving policies. It has the

stability of timber structures [1-4]. However, a major

potential of both sequestrating carbon and reducing

obstacle to the development of the use of timber in

carbon emissions. It offers endless possibilities of

construction is its combustibility, which raises questions

architectural creations and expressions compared to the

about its suitability for high-rise buildings.

two other conventional materials (concrete and steel)
used in the construction sector. However, the growing

The knowledge of the fire resistance of structures is
important for managing the risks associated with fire. In
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terms of performance-based design, the structure in
timber (or any other material) must remain stable for a
sufficient amount of time to allow the safe evacuation of
the occupants and the involvement of the fire department
to secure the surroundings and prevent the spread of fire.
Existing studies [1 -8] have shown that timber has an
interesting thermal behaviour when exposed to fire. By
developing a charring layer, it reduces in section. By
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knowing the extent of the section reduction, it is possible

conduction. The evolution of the temperature gradient in

to evaluate the remaining resistance and hence predict

a sample is described by the Fourier equation:

the risk of failure. However, the rules are mostly
empirical and the resulting predictions not very reliable.
For lack of robust methods for analysing the fire
resistance of timber structures, this material is penalized
in the design and dimensioning. Due to the lack of

cp

scientific data, European regulations presented in
Eurocode 5-1.2 [5] treat the temperature distribution in
the thickness of the section, as well as the formation of
charcoal during exposure to fire in a limited and
imprecise manner. Timber is the only building material
for which data on the physical and thermal properties in
fire are less numerous. The development of generalized
models requires experimental data obtained in small and
large-scale fire tests as well as good control of the input
parameters, which is the objective of the present study.
The aim of this study is to develop a thermal law that can
be implemented in Abaqus [9] via a UMATH user

∂T ∂  ∂T  ∂  ∂T 
=
λ +  λ  + Q″r
∂t ∂x  ∂x  ∂y  ∂y 

(1)

where T[K] is the temperature; λ[W/(m.K)],

[kg/m3]

and cp [J/(kg.K)] are respectively the conductivity, the
density, and the specific heat; Q″r [W/m3] is an internal
heat generation; x[m], y[m] are the spatial coordinates;
and t[s] is the time.
To solve the previous differential equation, the initial
and boundary conditions are required.
Initial conditions:

T(x,y,t) t = 0 = T0

subroutine, which takes into account the variations in the

(2)

thermal conductivity, density and the density of the
timber depending on the temperature.

where: T0[K] is the initial temperature.

The work is organised in two parts. The first part deals
with the theory. The three modes of heat transfer,

Boundary conditions:

namely: conduction, radiation and convection, as well as

The heat exchange between the surrounding medium and

the associated boundary conditions are described. The

the outer surfaces of the sample takes place by

second part deals with the simulation, where the

convection and radiation, which can be expressed

obtained results are compared to experimental data to

through the following boundary conditions:

validate the proposed model.

∂T
− λ = h conv × (T − T∞ ) + σ
∂n

2 MATHEMATICAL MODEL
To analyse the heat transfer through the thickness of a
multi-layered LVL (Laminated Veneer Lumber) wall
exposed to fire, the three heat transfer modes,

Boltz

×ε

emis

× (T 4 − T∞4 ) (3)

where: n represents the normal to the boundary and
directed outward; h conv [W/(m2.K)]

is the convection

T∞ [K] is the furnace temperature;

conduction, convection and radiation, need to be

coefficient;

considered. In a furnace, the exchange of heat between

σ

the outer surfaces of the sample and the environment

constant and εemis represents the emissivity coefficient .

takes place by convection and radiation, while heat
transfer that occurs within the element is through

Boltz

= 5.67 × 10-8 W/(m2 .K 4 ) is the Stefan-Boltzmann
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According to Eurocode 5 [5], le emissivity coefficient

3 APPLICATION TO AN LVL PANEL

and the convection coefficient are respectively given as

HEATED IN FURNACE

εemis=0.8 and hconv=25 W/(m2.K).

The previously described model is applied to an LVL

In the example studied below, the different relationships
adopted for the thermal properties of timber are sourced
from Eurocode 5 [5], Janssens [6], Fredlund [7], and

Conductivity λ[W/(m.K)]

Knudson et al. [8] as illustrated in Figure 1.

following assumptions are adopted:
- The effect of the behaviour of the adhesive used to
bond the layers of LVL panels is neglected;
- The thermal behaviour is assumed isotropic.

1,2

The test is conducted according the ISO 834-1 standard

1,0

fire curve defined in [10]. Its expression is written as:
EC5 [5]
Janssens ML. [6]
Fredlund B. [7]
Knudson R.M. [8]

0,8
0,6

Tiso = 345× log(8t + 1) + T0

(4)

0,4

Tiso[°C] is the furnace temperature at the time t[min] and

0,2

T0[°C] is the initial temperature.

0,0

0

200

400
600
800
Temperature T[°C]

1000

1200

Figure

2

presents the

comparison

between

the

experimental and standard curves, and the linear function

(a) Conductivity λ

Specific heat c p [J/(kg.K)]

panel tested in a furnace. To perform the analysis, the

14000

represents the proposed approximation curve. The actual

12000

curve can be defined by a regression function as

10000

EC5[5]
Janssens ML. [6] & Fredlund B. [7]
Knudson R.M. [8]

8000
6000
4000
2000
0

750 − T0

T∞ =
t + T0 when 0 ≤ t ≤ 7min
7

T∞ = 750°C when t ≥ 7min

(5)

where T∞ is the furnace temperature [°C] and T0 is the
0

200

400

600

800

1000

1200

initial temperature and was assumed T0=25°C.

Temperature T[°C]

(b) Specific heat cp

The calculated surface temperature using the proposed

700

approximation matches the experimental data better than

3

Density ρ[kg/m ]

600

that given by the ISO-834 standard fire curve (Figure 2).

EC5 [5]
Janssens ML. [6]
Fredlund B. [7]
Knudson R.M. [8]

500
400
300
200
100
0

0

200

400

600

800

1000

1200

Temperature T[°C]

(c). Density ρ
Figure 1. hermal properties o tim er as a unction o
temperature
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1000

Temperature T [°C]

800
600

Test #1 [1]
Test #2 [1]
Test #3 [1]
ISO standard curve
Regression curve

400
200
0

0

10

20

30
40
Time t [min]

50

60

Figure 2. urnace temperature as a unction o time
(a) Finite element model

3.1 LVL s

im n t st d in ilot urna

The test specimen was protected on the top side by two
plasterboards as reported by Menis A. (2012) in [1]. The
thermocouple considered in the simulations was placed
to a depth of 18 mm from the exposed surfaces
(Figure 3). In the finite element modeling, the moisture
content and density of the LVL are respectively equal to
12% and

0

= 640 kg/m3.

The initial density of plaster material at ambient
temperature, T0=20°C, is
properties

used

in

0=700

kg/m3. The thermal

the numerical

modeling are

summarised in Table 1.

The finite element mesh is composed of 477 elements
for the LVL sample and 100 elements for the
plasterboard. Due to symmetry, only a quarter of the
sample was modelled using a DC2D4 planar element as
shown in Figure 3a.

(b) Pilot furnace [1]

Figure 3. inite element mo el an e perimental set-up

The predicted temperatures profiles after exposure to
different times of 5, 30 and 70 min are shown in
Figure 4. Due to the higher density of the plaster board,
the charring in this part is slower that in the LVL. After
exposure to fire the remaining cross-section is nonrectangular.
Table 1: hermal properties o the plaster oar

Temperature
[°C]
Conductivity
[W/(m.K)]
Specific heat
[J/(kg.K)]
Relative
density

T<150°C

150°C≤T<200°C

0.25

0.13
1800.

1.

T≥200°C

950.
0.9

WCTE 2016 e-book | 4041

(a) Time t = 5 min
(a) Numerical

(b) Experimental [1]

Figure 5. Resi ual section o the teste specimen at t

min

The predicted results obtained with the five approaches
(Eurocode 5 [5], Janssens [6], Fredlund [7] and Knudson
et al. [8]) in terms of temperature versus time are
compared to the experiment as shown in Figure 6. The
(b) Time t = 30 min

simulation results obtained for a thermocouple placed in
the location shown in Figure 3a, are close to the
experiment. At an exposure time t = 40min, the predicted
results are within 4.74% of the experiment.
1000

(c) Time t = 70 min
Figure 4. ormation o the charring layer at i erent times

Temperature [°C]

800
600
Test#1 [1]
Test#2 [1]
Eurocode 5 [5]
Knudson et al. [8]
Fredlund [7]
Janssens [6]

400
200
0

The simulated residual section after a fire exposure of

0

t = 60min is compared to the experiment (Figure 5). One
can clearly see that the model predicts accurately the
charcoal layer.

Figure 6.

3.2 LVL s

10

20

30
40
Time [min]

50

60

70

olution o temperature as a unction o time

im n t st d in ustom mad

urna

Due to symmetry, only quarter and one half of the crosssection was modelled for the tested specimen. The finite
element (FE) model, heat fluxes and the boundary
conditions of timber sample are shown in Figure 7. The
FE mesh of LVL sample consisted of 348 elements type
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DC2D4 available in the library of Abaqus [9] for thermal
analyses. The moisture contents of the LVL samples
were quite close to each other and about 12%, and the
corresponding

initial

density

was

found

to

be

ρ0=570kg/m3 (mean value based on all samples).

Th rmo ou l
mm

(a) Time t = 15 min

Symm try

H at lu s
3mm

(b) Time t = 30 min
3 mm

Figure 8. ormation o char at i erent times a ter the
e posure

In Figure 9 a comparison is shown between the actual
Figure 7.

mo el o

sample teste in custom-ma e

temperature curve of the custom-made furnace and the

urnace

regression one (Eq. (4)). It also shows four predicted

The distributions of temperature and the formation of

curves obtained using different approaches (EC5 [5],

char at times 15 and 30 min after the exposure are

Janssens [6], Fredlund [7] and Knudson et al. [8])

depicted in Figures 8. The movement of the 300°C

corresponding to the locations of four thermocouples. By

isotherm, defined as the boundary between charred and

the end of 1 min, steam was observed, which indicates

heated wood, permits the determination of the residual

that the first dehydration occurs at a temperature of

cross-section as noticed in ref [1]. It can be seen that

about 25 to 27°C. After 2 min, the steam subsided and

temperature gradients are higher at the exposed surface.

the LVL specimen was soon seen to burn steadily

At the beginning, the formation of the char is fastest and

without letting out smoke.

then due to the reaction of the char gradually decreases
with time.

The

comparison

between

the

predicted

and

experimentally measured temperature profiles has been
performed in this work. It was shown that not only the
predicted temperature profile but the profile of the
formation of char has very good agreement with the
actual data.
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develop a predictive model that will allow the

750

determination of the residual strength of multi-layered

Temperature [°C]

600

timber walls.

450

Test#1 [1]
Test#2 [1]
Eurocode 5 [5]
Knudson et al. [8]
Fredlund [7]
Janssens [6]

300
150

The developed model was applied to an LVL wall
subject to a standard fire. The obtained results agree very
well with the experiment, and more importantly they
successfully reproduce the charring layer observed in the

0
0

5

10

15
Time [min]

20

25

30

Figure 9. perimental an pre icte time–temperature
pro iles in hori ontal irection u mm

test.
To conclude, a numerical method was developed to
predict the thermal behaviour of timber walls subjected
to a standard fire. Of course, there is room for further
improvements such as: applying the procedure for

4 CONCLUSIONS AND PERSPECTIVES

investigating the various failure modes of connections,

A numerical model for the thermal behaviour of an LVL

and/or including hydro-mechanical effects in the model;

wall is presented in this study. The model covers the

some of these aspects are being developed in LERMAB

three modes of heat transfer: conduction, convection and

as part of ongoing research work.

radiation commonly encountered in a fire. The aim is to
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THE INFLUENCE OF DIAPHRAGM STIFFNESS ON THE DYNAMIC
BEHAVIOUR OF MULTI-STOREY TIMBER BUILDINGS
Daniel Moroder1, Francesco Sarti2, Tobias Smith3, Stefano Pampanin4, Andrew Buchanan5
ABSTRACT: Multi-storey timber buildings are likely to be affected by higher mode effects due to the lower stiffness
of their lateral load resisting system when compared to other construction materials. The presence of flexible timber
diaphragms can further alter the dynamic behaviour of the structure.
This paper investigates the dynamic behaviour of a series of multi-storey timber frame and wall systems subjected to
seismic loading. A parametric non-linear time-history analysis investigated storey shear and moments, drifts and
diaphragm force demand for both hybrid and post-tensioning-only frame and wall structures with varying storey heights
and a range of diaphragm stiffnesses.
The analyses results clearly show that higher modes influence the seismic demand on the lateral load resisting system
and the diaphragms. The diaphragm flexibility does not significantly increase the storey shear and moment demand, and
methods available in literature successfully predict these values. Stiff wall structures with flexible diaphragms
experience large inter-storey drifts measured at the diaphragm mid-spans compared with the drift of the walls alone.
Observed diaphragm forces are significantly higher than the forces derived from equivalent static analyses, leading to
potentially unsafe design. A simplified approach for evaluating these amplified peak inertial diaphragm forces is
presented.
KEYWORDS: Multi-storey timber buildings, higher modes, diaphragm stiffness, seismic design

1 INTRODUCTION 12345
The number of medium to high-rise multi-storey timber
buildings up to 10 storeys and beyond is rapidly
increasing with a number of these situated in seismic
areas. In order to ensure safe design of these buildings it
is necessary to investigate their dynamic behaviour.
The lower stiffness of timber lateral load resisting
systems has the potential to create higher mode effects
which can have a larger impact when compared to
traditional high-rise construction materials. Because
timber structures are normally stiffness governed, this
behaviour is independent from the structural type
considered (i.e. engineered massive timber panels, light
timber frame, moment-resisting timber frames etc.). In
accordance with capacity design principles, dynamic
amplification and over-strength need to be considered
when designing capacity protected elements.
1
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2
Timber Research Engineer, University of Canterbury, New
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Timber lateral load resisting systems are commonly
analysed assuming rigid floor diaphragms. However,
timber diaphragms are often more flexible than cast-insitu and pre-cast concrete diaphragms and this has the
potential to further alter the dynamic behaviour of the
whole building and increase the diaphragm force
demand. Existing literature [1, 2, 3, 4] on concrete and
steel structures shows that the presence of flexible
diaphragms can change the dynamic behaviour of the
whole building. Especially in the case of stiff wall
structures, flexible diaphragms can increase the
structures’ fundamental period, and result in higher
displacement demands. Research carried out by van
Beerschoten et al. [5] on multi-storey timber frame
structures showed that diaphragm flexibility does not
significantly affect the dynamic behaviour. It was
however recommended that in-plane floor flexibilities
be accounted for in wall structures.
In order to study the effects of higher modes including
diaphragm flexibility in multi-storey timber structures, a
parametric Non Linear Time History (NLTH) analysis
was carried out on six frame structures and six wall
structures and is presented in this paper. The impact of
higher modes on the lateral load resisting system,
including the influence of diaphragm flexibility, is
discussed in terms of storey shear and moment
distribution as well as inter-storey drifts. Current
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2 MODEL DESCRIPTION
A set of Pre-stressed Laminated (Pres-Lam, see Palermo
et al. [6]) timber frame structures with 2, 4 and 6 storeys
and wall structures with 3, 6 and 9 storeys, respectively,
with and without additional dissipation devices, have
been studied in a parametric analysis. The analyses used
the floor geometry shown in Figure 1 with the loading
applied in the frame direction.
For the frame structures all five Pres-Lam frames were
resisting the lateral load with the floor diaphragms
spanning in between them. For the wall structures the
frames were only supporting gravity loads with PresLam walls attached to the outermost frames resisting the
horizontal loads. The floor diaphragms were spanning in
between the walls.

Figure 1: Sample building plan view showing five timber
frames (working as seismic frames and gravity frames for the
analysed frame and wall structures, respectively and four
shear walls)

The design of the frame and wall structures was carried
out in accordance with the Displacement Based Design
(DBD) approach [7, 8]. A design drift of 1.8% was
selected for the frame structures which were designed to
have a ductility of 2.0. For the wall structures the design
drift was selected to be 1.2% and the walls were
designed to have a ductility of 3.0. Both structural types
were designed with (hybrid system) and without (PTonly) additional hysteretic dissipation by means of
additional mild steel dissipation devices. This led to two
different re-centering ratios, β, defined as the ratio of the
moment resistance provided by the post-tensioning to the
total moment resistance, see Smith et al. [9]. The
structure without additional hysteretic damping had a β
equal to 1.0 (i.e. 100% post-tension contribution from
the post-tensioning, 0% steel contribution), and the
structure with additional hysteretic damping had a β of

0.7 (i.e. 70% post-tension contribution, 30% steel
contribution).
The design earthquake demand was assessed in
accordance to the New Zealand earthquake loading code
NZS 1170.5 [10], assuming an importance level IL2, a
500 years return period, a hazard factor of Z = 0.4, a soil
type C, a near-fault factor D = 1 and a structural
performance factor Sp = 0.7 (applied to the base shear
and not to the displacement spectrum).
The analysis program OpenSEES [11] was used for the
Non-Linear Time-History analyses applying a set of 10
earthquake records as shown in Table 1 from the Pacific
Earthquake Engineering Research Center (PEER) NextGeneration Attenuation (NGA) database [12]. The
records were scaled to fit the design spectrum on a
defined period interval around the structure’s
fundamental period in accordance to NZS 1170.5.
Because the fundamental periods were different for each
structure and each diaphragm flexibility, the earthquakes
records had to be scaled for each individual case; one set
of earthquakes is shown in Figure 2.
Table 1: Characteristics of the 10 input earthquake records
used (selected from NGA database [10])
ID

Location

Year

NGA0183 Imperial Valley-06
NGA0292
Irpinia, Italy-01
NGA0725 Superstition Hills-02
NGA0767
Loma Prieta
NGA0995
Northridge-01
NGA1012
Northridge-01
NGA1081
Northridge-01
NGA1107
Kobe, Japan
NGA1487
Chi-Chi, Taiwan
NGA1512
Chi-Chi, Taiwan
Spectral acceleration [g]

methods for the evaluation of storey shears and moments
for concrete structures were validated for the analysed
timber structures. The diaphragm force demand from the
analyses is compared with predictive models available in
codes and literature and a new simplified approach for
evaluating peak diaphragm inertial forces is proposed.
The presence and effects of displacement incompatibility
forces (transfer forces) due to irregularities in the lateral
load resisting system (change of stiffness up the building
height, dual systems, offset or missing walls etc.) are not
considered in this paper.

2

1979
1980
1987
1989
1994
1994
1994
1995
1999
1999

PGA Epicentre
[g]
[km]
0.54
28
0.29
30
0.36
11
0.46
31
0.34
24
0.32
14
0.34
14
0.27
24
0.36
86
0.39
5

NGA0183
NGA0725
NGA0995
NGA1081
NGA1487
average

1.5
1

NGA0292
NGA0767
NGA1012
NGA1107
NGA1512
code spectra

0.5
0

0

1

2
Period [s]

3

4

Figure 2: Code spectra and selected earthquake input for the
analysis

Since the diaphragms are required to perform in the
elastic range as per NZS 1170.5, the diaphragm
flexibility was simulated through linear springs
connecting the lumped storey seismic mass to the lateral
load resisting system as shown in Figures 3 and 4 for
frame and wall structures, respectively. The rocking
mechanism typical to Pres-Lam frames at the beamcolumn interface was modelled with rotational spring
elements with multi-linear elastic relationships for the
interface response. An additional joint panel spring was
added to account for the shear deformation of the joint
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panel zone in the timber column [13]. For the wallfoundation interface a specially defined multi-spring
interface has been used [14]. When present, the
dissipative contribution of the mild steel devices were
simulated with rotational or linear springs with elastoplastic relationships. More information regarding the
structural dimensions, section geometries, material
properties and input model are presented by Moroder
[15].

the wall structures the diaphragm panels were fixed to
collector beams which were connected to the walls. The
collector beam to wall connection has been accounted
for with an additional source of flexibility which was
added to the total diaphragm stiffness. The stiffness of
the diaphragms (Kdiap), combined with the stiffness of the
connection to the lateral load resisting system (Kcon), was
idealized as a single degree of freedom oscillator with an
equivalent stiffness (Keq), as shown in Figure 5.

a) Frame model with attached masses

b) Beam-column interface

c) Column-foundation interface

Figure 3: Four storey frame model

a) Wall model with attached masses

Figure 5: Schematic contributions of diaphragm and
connection stiffness to the overall stiffness (modified from [16])

3 RESULTS AND DISCUSSION

b) Wall-foundation interface

Figure 4: Three storey wall model

2.1 DIAPHRAGM STIFFNESS
To study the influence of the diaphragm flexibility on
the dynamic behaviour of the structures, the models were
analysed with the rigid diaphragm assumption and with a
series of flexible diaphragms. The assigned spring
stiffnesses and respective diaphragm periods used to
simulate the diaphragm flexibility are summarized in
Table 2.
The diaphragm stiffnesses of 40,000 kN/m and 48,000
kN/m for frame and wall structures, respectively, were
assumed to be representative of realistic floor layouts
built of 100 mm thick Cross Laminated Timber (CLT)
panels with dimensions of 1.2 m x 8 m connected with
metallic fasteners with a slip modulus of 3000 kN/m. For

In the following sections the key parameters, such as
fundamental period, storey shear forces and moments,
inter-storey drifts as well as floor accelerations, are
shown and discussed, mainly for the hybrid 4 storey
frame and 6 storey wall models. These are considered to
be the most relevant structural types in terms of height
and additional dissipation. The trends of these key
parameters are representative of all other structures
analysed for this paper. If not elsewhere stated, all values
are taken as the average of the maximum values from
each of the ten earthquake records.
3.1 FUNDAMENTAL PERIOD
In general, the results showed that increased diaphragm
flexibility results in an elongation of the fundamental
period for stiff structures, whereas the increase of period
is negligible for flexible structures.
As shown in Table 3 the differences in the fundamental
period with rigid and realistic diaphragms were 1% and
5% for the hybrid 4 storey frame and 6 storey wall
structures, respectively. For the most flexible
diaphragms, the period increased by 22% and 27%,
respectively.
For both the hybrid and PT-only 3 storey wall structures,
which were relatively stiff, the model with the realistic

Table 2: Diaphragm stiffnesses and periods (in parenthesis)
(values in bold are considered to represent realistic diaphragms)
Structure
frame
wall

∞
(0)
∞
(0)
rigid

Diaphragm stiffness in kN/m (and diaphragm period in seconds)
160,000
80,000
20,000
10,000
5000
40,000
(0.11)
(0.15)
(0.30)
(0.43)
(0.61)
(0.22)
96,000
80,000
64,000
32,000
16,000
48,000
(0.28)
(0.31)
(0.35)
(0.49)
(0.7)
(0.40)
very stiff

2500
(0.86)
8000
(0.98)
very flexible
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Table 3: Period of vibration of the hybrid 4 storey frame and hybrid 6 storey wall structures with varying diaphragm stiffnesses

Mode number
1
2
3
4
5
6

Rigid
diaphragms
1.22
0.36
0.17
0.11

4 storey frame
Realistic
diaphragms
1.24
0.42
0.27
0.24

Period in seconds
Very flexible
diaphragms
1.50
0.93
0.88
0.87

diaphragm stiffness increased the fundamental period by
39%.
For structures with very flexible diaphragms it can be
seen that although the first period of vibration increased,
almost all periods of the higher modes tended to a
constant value. These values correspond to the period of
the diaphragm under consideration. This is in line with
the findings of Ju et al. [17], Fleischman et al. [4] and
Lee et al. [3] who also observed a number of closely
spaced modes.
This behaviour is further highlighted in Figure 6, where
the extreme cases of a) mode shapes of the structure with
rigid diaphragms and b) modes shapes of flexible
diaphragms on a rigid structure are shown, together with
c) a mixed and more realistic situation of structure with
semi-rigid diaphragms.

6 storey wall
Realistic
diaphragms
1.33
0.47
0.42
0.41
0.41
0.41

Rigid
diaphragms
1.27
0.24
0.11
0.08
0.06
0.06

Very flexible
diaphragms
1.60
1.01
0.99
0.99
0.99
0.98

diaphragm springs deform following the mode shapes.
All of these modes have the same period which
corresponds to the period of the diaphragm. The
analysed case-study structures behave somewhere in
between these two extreme cases with a dynamic
behaviour as shown in Figure 6c. For the first mode, the
diaphragm springs deform together with the wall
structure increasing the fundamental period. For modes 2
and 3 the walls are deforming only marginally with the
floor masses vibrating with the diaphragm period.
3.2 STOREY SHEARS AND MOMENTS
For both frame and wall structures, higher mode effects
influenced the storey shears and moments. This effect
was more pronounced for tall frame and wall structures
and almost negligible for the short structures as shown in
Figures 7 and 8. Wall structures tended to be more
affected by higher modes than frame structures.
4

F-4-070

a) rigid diaphragm

Floor

3

2

1

0

0

200

400

600

0

500

1000

1500

Shear forces [kN]

4

b) rigid structure and flexible diaphragm
F-4-070

Floor

3

2

1

c) structure with realistic (semi-rigid) diaphragm

Figure 6: Mode shapes of a 3 storey wall structure with
different diaphragm stiffnesses

In the case of rigid diaphragms, Figure 6a, the wall
deforms following typical mode shape patterns. For a
very stiff structure with flexible diaphragms, Figure 6b,
the structure remains in its undeformed shape and the

0

most flexible diaphragm

Moments [kNm]

rigid diaphragm

real diaphragm

Figure 7: Storey shear and moment distribution for the hybrid
4 storey frame structure with varying diaphragm stiffnesses
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6

Floor

W-6-070

4

2

0

0

1000

2000

3000

4000

Shear forces [kN]

5000

Figure 9 also shows that the peak storey accelerations,
and therefore floor forces, do not occur simultaneously.
This implies that maximum floor forces should not be
applied simultaneously to determine displacements and
resulting transfer forces.
6
1 (4.68 s)

4

2 (6.85 s)

3 (6.86 s)

W-6-070

Floor

Diaphragm flexibility had a relatively small effect on the
shear and moment distribution for both frame and wall
structures. Although the observed period elongation due
to diaphragm flexibility normally led to a decrease in
seismic demand, the magnitude of maximum storey
shears and bending moments was almost unaltered
between the flexible and rigid diaphragms as shown in
Figures 7 and 8. Only for the very flexible diaphragms
were the results notably smaller when compared to the
rigid diaphragm structures. However, such flexible
diaphragms are unlikely to represent feasibly
implementable cases.
In real applications, the effect of higher modes on the
lateral load resisting system should be considered for
timber structures taller than two to three storeys.
Diaphragm flexibility on the other hand can normally be
neglected for the determination of the shear and moment
demand, assuming that the base shear is determined
under a rigid diaphragm assumption.

2

4 (6.89 s)
5 (7.00 s)
6 (6.74 s)

0

-3

-2

-1

0

1

2

3

Figure 9: Acceleration distribution for peak floor
accelerations occurring at the individual floor levels with
corresponding time for wall structure W-6-070 with rigid
diaphragms for the NGA0183 Imperial Valley-06 earthquake

Figure 10 shows the measured floor accelerations of the
wall from earthquake record NGA0725 Superstition
Hills-02. It can be seen that the 2nd and 3rd modes of the
structure tended to vibrate inside a fundamental period
(1st mode) response.

6
6

0

10000

most flexible diaphragm

20000

Moments [kNm]

30000

rigid diaphragm

40000

Acceleration [m/s2]

W-6-070

Floor
2

0

1st mode
T1 = 1.27 s

4

4

2
0
-2
-4
-6

real diaphragm

Acceleration [m/s2]

Figure 9 shows the Floor Acceleration Magnification
(FAM) defined as the ratio between the Peak Floor
Accelerations (PFA) at the individual levels and the Peak
Ground Acceleration (PGA) together with their time of
occurrence for the Imperial Valley-06 earthquake.
For the 6 storey hybrid wall structure shown, the bottom
storey (level 1) peak accelerations and the two top storey
(levels 5 and 6) peak accelerations were generated by the
second mode response. For the middle storeys the third
mode response seems to have caused the highest floor
accelerations.
In general it can be stated that floor accelerations do not
follow a first mode distribution and high accelerations at
lower stories are created by higher modes.
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Figure 8: Storey shear and moment distribution for the hybrid
6 storey wall structure with varying diaphragm stiffnesses

3.3 Floor acceleration magnification from NLTHA
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Figure 10: Floor acceleration response of all six storeys of the
sample structure W-6-070 with rigid diaphragms for the
NGA0725 Superstition Hills-02 earthquake
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For frame structures, inter-storey drifts were always
smaller than the target/design drift value due to the
safety factors and the overstrength in the lateral load
resisting system as shown in Figure 11a. It was observed
that diaphragm flexibility had a beneficial effect on the
structures’ inter-storey drift.
The inter-storey drift measured at the mid-span of the
diaphragms (defined in here as the diaphragm interstorey drift), tended to be slightly larger than the interstorey drift of the lateral load resisting system, adding
about 0.2% additional drift demand on structural (e.g.
‘gravity only’) elements and non-structural elements
connected to the diaphragms, when compared to the
corresponding frame drift.
4
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Floor
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0.00%
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a) 4 storey hybrid frame structure
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Figure 12: Wall inter-storey drift (dark shaded) and relative
diaphragm inter-storey drift (light shaded) for wall W-6-070
with a realistic diaphragm

4 PREDICTION OF FORCE DEMAND
4.1 PREDICTION OF THE STOREY SHEAR AND
MOMENT DEMAND
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wall structure. Maximum values of the two drifts can
occur at different moments during the earthquake,
therefore the plots are an approximation only. In the case
of very flexible diaphragms these diaphragm inter-storey
drifts reached values of 3-4%.
It is recommended to consider the diaphragm flexibility
when checking for the allowable SLS and ULS drifts in
wall structures to prevent excessive damage to nonstructural elements, secondary structures and most
importantly any ‘gravity only’ elements.

Floor

3.4 INTER-STOREY DRIFTS

rigid diaphragm
target drift

Figure 11: Inter-storey drift of the hybrid 4 storey frame and
hybrid 6 storey wall structures with varying diaphragm
stiffnesses

Also for wall structures the inter-storey drift measured at
the lateral load resisting system was always smaller than
the target drift values as representatively shown in
Figure 11. Diaphragm stiffness had a negligible effect on
the wall inter-storey drift values.
It is worth noting that the diaphragm inter-storey drifts
of the wall structures were notably increased in the case
of flexible diaphragms. For the realistic diaphragms in
the hybrid 6 storey wall structure, an additional 0.8%
drift was observed at the mid-span of the diaphragms.
This effect was largest at the lower and upper storeys
and led to total drifts exceeding the target drift values.
This behaviour is shown in Figure 12 in terms of wall
and diaphragm inter-storey drifts for the 6 storey hybrid

Figures 13 and 14 show the shear and moment envelopes
from all diaphragm stiffness values for the hybrid 4
storey frame and the hybrid 6 storey wall structures,
respectively. For all structures, the shear and moment
values obtained from the NLTH analyses were notably
higher than the values obtained through an Equivalent
Static Analysis (ESA) based on a DBD design. This is
due to higher modes which amplify the shear forces in
the lower and upper storeys and amplify the moment in
the middle storeys.
Priestley et al. [7] provided simplified methods to
estimate the shear and moment envelopes for concrete
wall and frame structures based on building overstrength and dynamic amplification due to higher mode
effects. Newcombe [8] and Sarti [14] revised these
procedures for Pres-Lam timber frame and wall
structures, respectively.
Figures 13 and 14 show that the proposed envelopes
provide relatively accurate envelopes for the storey
shears and moments.
It is strongly recommended that the influence of higher
modes is considered in the design of structures taller
than 4 storeys, for example by means of one of the
proposed procedures.
Since the analyses were carried out using the same
material specifications and moment-rotation behaviour
specific to Pres-Lam frames and walls as adopted in the
design procedure, an over-strength factor of 1.2 was
selected based on the rounding of section sizes and
reinforcing dimensions, as well as the material reduction
factor used in the design.
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4.2 DIAPHRAGM FORCE DEMAND
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The diaphragms of multi-storey timber buildings are the
structural elements subjected to the highest demand
within the whole structure, because they are subjected to
the maximum forces occurring at any instant during an
earthquake. This results in much higher demands than in
the lateral load resisting system, where inertial forces
can act in different directions up the building’s height.
Figure 15 shows the peak floor inertial forces at each
floor level for the hybrid 4 storey frame and the hybrid 6
storey wall structures. Values shown are envelopes and
do not consider the fact that they have occurred at
different times during the ground motion. These results
are used to determine the largest inertia force in any of
the diaphragms in the structure when subjected to a
design earthquake.
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Figure 13: Maximum storey shears and moments from the
equivalent static analysis based on a DBD design, envelopes
from NLTH analyses including all diaphragm stiffnesses and
suggested prediction envelopes for the hybrid 4 storey frame
structures
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Figure 14: Maximum storey shears and moments from the
equivalent static analysis based on a DBD design, envelopes
from NLTH analyses including all diaphragm stiffnesses and
suggested prediction envelopes for the hybrid 6 storey wall
structure

Figure 15: Diaphragm forces from the NLTH analyses for the
hybrid 4 storey frame and hybrid 6 storey wall structures with
varying diaphragm stiffnesses and suggested design values

It can be observed that the diaphragm force demand
diverged significantly from the assumed first mode
distribution from an Equivalent Static Analysis (ESA)
with magnitudes between 2 and 5 times the predicted
values. Diaphragm flexibility did not significantly
influence the force demand in frame structures; in wall
structures diaphragm flexibility increased the force
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demand in some cases especially at lower storeys. The
nearly constant force pattern up the structure’s height
can be attributed to higher mode effects, which mostly
impact on the lower half of the structures.
4.3 PREDICTION OF THE DIAPHRAGM FORCE
DEMAND
Figure 15 also shows the maximum diaphragm demand
based on the amplified top storey shear values,
determined with current methods in accordance with the
New Zealand Concrete Standard NZS 3101 [18] and the
approach proposed by Priestley et al. [7] and its
modification by Newcombe [8] for frame structures. It
was assumed that the maximum diaphragm demand can
be determined as the top storey floor force, including
dynamic amplification and over-strength, applied up the
whole building height. The diaphragm force demand
envelopes from the modified parts and components
method as suggested by Cowie et al. [19], the pseudo
Equivalent Static Analysis (pESA) [20, 21] and the First
Mode Reduced Method by Rodriguez et al. [22] for wall
structures are also shown. Most of these methods were
able to predict the peak diaphragm demand for the
analysed frame or wall structures.
In order to better predict the peak diaphragm inertial
force demand in timber structures, two formulations,
given in equations (1) and (2) for frame and wall
structures, respectively, are proposed. Both methods are
based on the approach proposed by Priestley et al. [7].
All diaphragms up the height of the structure should be
designed based on the maximum diaphragm demand
determined by one of the following equations.
For frame structures the diaphragm demand can be
determined as
∗
𝑜
𝐸𝑑𝑖𝑎𝑝
(𝑓𝑟𝑎𝑚𝑒) = 𝜙 𝑉𝐸,𝑡𝑜𝑝 + 0.2𝜇𝑉𝐸,𝑏𝑎𝑠𝑒

5 CONCLUSIONS
The following conclusions can be drawn from the
analyses carried out on multi-storey timber frame and
wall structures with rigid and flexible diaphragms:


Higher mode effects need to be taken into account
when determining the internal actions (shears and
moments) in timber structures of 4 or more storeys
regardless of diaphragm flexibility;



Maximum storey shears and moments for both
frame and wall structures are not significantly
influenced by the diaphragm flexibility;



Current methods related to concrete structures and
modified for Pres-Lam structures are capable of
predicting the shear and moment demand in multistorey timber frame and wall buildings;



For flexible diaphragms in wall buildings the
diaphragm inter-storey drifts, measured at the midspan of diaphragms, are notably higher than the
target wall drifts and need to be checked in design to
protect non-structural elements, secondary structures
and most importantly any ‘gravity only’ elements.



Equivalent static analysis is not able to predict
maximum diaphragm forces;



For frame structures, diaphragm forces are not
significantly influenced by the diaphragm
flexibility; whereas for wall structures flexible
diaphragms have the potential to increase the
diaphragm demand at lower storeys;



For both frame and wall structures all diaphragms
up the height of the building should be designed for
the same peak force demand which can be

(1)

∗
where 𝐸𝑑𝑖𝑎𝑝
= diaphragm force demand; o = overstrength factor of the lateral load resisting system, μ =
ductility of the structure; VE,top = shear value at the top
storey from the equivalent static analysis, VE,base = base
shear value.
Equation (1) has been modified from the original
formulation for the top storey shear force as defined in
Priestley et al. [7] by increasing the multiplier of the
base shear value from 0.1 μ to 0.2 μ.
For wall structures the diaphragm demand can be
determined as
∗
𝑜
𝐸𝑑𝑖𝑎𝑝
(𝑤𝑎𝑙𝑙) = 𝑉𝑛

would provide very conservative designs. Diaphragm
compatibility forces are closely linked to the inertial
forces, as they are created by displacement
incompatibilities between different lateral load resisting
elements acting in parallel, but they do not necessarily
occur at the same instant in time. If compatibility forces
are expected in the diaphragms, specific analysis should
be carried out in order to understand the magnitude of
these forces.
Since only a limited number of structures have been
analysed in this research, further analyses are required to
assure that the suggested formulations are appropriate to
estimate peak diaphragm forces. It is worth noting that
the measured peak forces tend to occur for very limited
time intervals only. It needs to be determined whether
these peak values are caused by numerical errors during
the time history analyses and if such large but shortduration forces have the actual potential to damage the
diaphragms. Large diaphragm force amplification might
lead to uneconomical design; it would therefore be of
interest to investigate the possible beneficial effect from
ductility in diaphragm connections. Ideally, peaks in the
diaphragm force demand would lead to localized
yielding, without compromising the diaphragm
behaviour or the dynamic response of the structure as a
whole.

(2)

∗
where 𝐸𝑑𝑖𝑎𝑝
= diaphragm force demand; Von = amplified
design shear force at the top of the building at overstrength as defined in Priestley et al. (2007) for concrete
wall structures.
Until codified over-strength factors for timber structures
are available, conservative assumptions based on
engineering judgement or preliminary experimental
testing should be used. For both the PT-only frame and
wall structures the ductility μ needs to be taken as 1.0.
The diaphragm forces suggested above do not occur
simultaneously and should not be applied to the structure
to determine transfer forces in the diaphragms, as it
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determined with equations provided in the paper;


Peak floor diaphragm forces occur at different
moments in time and should not be applied
simultaneously to determine the displacement
incompatibility forces.

Even though the analyses were carried out on posttensioned Pres-Lam timber structures, similar trends can
be expected for multi-storey timber buildings built with
different lateral load resisting systems. This is because
multi-storey timber structures are normally governed by
Serviceability Limit State (SLS), leading to similar
building stiffnesses.
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Performance-based design as a tool to evaluate behavior factors for
multi-storey timber buildings
Johannes Hummel1, Werner Seim2
ABSTRACT: This paper deals with aspects of force- and displacement-based design of multistorey cross-laminated
timber (CLT) structures. A method to determine the behavior factors for timber structures based on nonlinear static
analyses will be discussed. Different types of analysis models are considered. Results of experimental investigations on
connections and CLT wall elements will be presented as a basis for numerical simulations.
KEYWORDS: force-based seismic design, behavior factor, displacement-based seismic design, CLT

1 INTRODUCTION12
1.1 SEISMIC ANALYSIS METHODS
There are basically three different design methods for
buildings under earthquake impact which are introduced
in Eurocode (EC) 8 [1]. The most common method for
engineers in practice is the lateral force method. This
method uses elastic response spectra scaled by a
behavior factor q to calculate the base shear (see Fig. 1),
which is equivalent to the total of seismic forces. The
other important parameter – the fundamental period T1 –
which characterizes the dynamic behavior is discussed
by HUMMEL ET AL. [2].

Figure 1: Transfer of the elastic response spectrum to the
design spectrum for the determination of seismic
action (schematic)

On the other hand, time history analysis can be used as
the most comprehensive calculation method. The time
1
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history analysis needs ground motion records of real
earthquakes or artificial accelerograms, a definition of
nonlinear hysteretic behavior for all structural elements
and efficient analysis software to determine the loaddisplacement response of the structure. Performancebased design (PBD) can be classified more or less
between the lateral force method and time history
analyses. The PBD includes a displacement-based design
(DBD) process and incorporates the post-elastic behavior
of structure and structural components. The inelastic
behavior of the structure is represented by a capacity
curve, respectively, a capacity spectrum. The seismic
action is defined by inelastic or damped spectra in the SaSd format [3]. The inelastic response for a specific
seismic event is found if the demand spectrum and the
capacity spectrum intersect at the so-called performance
point (see Fig. 2).

Figure 2: Basic procedure of PBD (capacity spectrum
method)

1.2 DEFINITON OF THE BEHAVIOR FACTOR
Procedures to define the behavior factor of timber
structures are still under discussion. The behavior factor
generally accounts for the capability of structures to
exhibit ductile inelastic behavior connected with energy
dissipation [4]. A very general and commonly used
definition is the ratio of the strength demands for elastic
and inelastic behavior:
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q

Fel
Finel

(1)

The elastic strength demand Fel is more or less a
theoretical value, since ideal elastic behavior does not
exist. The inelastic strength demand Finel is the strength
required for a structure which responds nonlinearly
within a predefined displacement limit under earthquake
excitation [5].
This definition leaves room for interpretation. For that
reason, a handful of different approaches were proposed
to determine the behavior factor q. Some of these
approaches are:
(1) the base shear approach, see e.g. POPOVSKI ET AL.
[4],
(2) the PGA approach, see e.g. SALVETTI [6] and
CECCOTTI [7],
(3) the ESECMaSE approach, see FEHLING ET AL. [8]
and
(4) the FEMA approach, see [9].
The procedure which comes with the base shear
approach is shown schematically in Figure 3. Two
analyses – the first one with linear-elastic behavior and
the second one with inelastic hysteretic behavior – are
carried out, both of which for a series of ground motion
records. The base shear Fb obtained by linear and
nonlinear time history analysis are recorded for each of
the ground motion records. The ratio of the ‘elastic base
shear’ Fb,el and the ‘nonlinear base shear’ Fb,nl defines
the q-factor for the certain ground motion.
q

Fb,el
Fb,nl

(2)

This defines the near-collapse peak ground acceleration
PGAu. The q-factor is then obtained by
q

PGAdesign
PGAu

.

(3)

The ESECMaSE approach proposed by FEHLING ET AL.
[8]
incorporates
analytical
and
experimental
investigations of substructures and structural systems to
evaluate the behavior factor. The elastic stiffness of the
lateral load-resisting system is derived by means of wall
element tests and is applied for time history analysis of a
linear analysis model. The inelastic response is obtained
by shaking table tests using the same set of ground
motion records as those considered for linear time
history analysis. The behavior factor is then defined as
the ratio between the base shear from the linear dynamic
analysis Fb,el and the base shear obtained from testing
Fb,exp.
q

Fb,el
Fb,exp

(4)

The fourth approach which is briefly presented in this
paper is described in the FEMA P695 document [9]. The
FEMA approach focuses on the determination of the
response modification factor R, which is some sort of a
pendant of the q-factor and is common in North
America. The FEMA approach has already been adapted
by SEIM ET AL. [10] in order to determine the behavior
factor for light-frame constructions. The methodology
starts with the choice of a trail q-factor. The trail
behavior factor is applied to design specific archetypes.
The archetype are used to evaluate the behavior factor
chosen in terms of its acceptability. The evaluation is
based on collapse fragility curves. The latter are
generated by means of nonlinear time history analyses
using a nonlinear model of the archetype and a series of
ground motion records. If the trail behavior factor fulfils
the requirements on its acceptability, an adequate qfactor is found, otherwise the system must be revised and
the procedure repeated.

2 DETERMINATION OF q BY PBD

Figure 3: Procedure of the base shear approach (schematic)

CECCOTTI [7] proposed the PGA approach for the
determination of the behavior factor of multistorey
timber structures. In a first step of this approach, the
structure is designed by means of the lateral force
method for elastic behavior (q = 1) and a specific peak
ground acceleration PGAdesign by means of the lateral
force method. Based on that, an analysis model is
developed considering realistic mechanical properties.
The analysis model is subjected to a set of ground
motion records, whereas the peak ground acceleration is
scaled until a predefined collapse criterion is reached.

The approaches (1) to (4) are all associated with
sophisticated and time-consuming dynamic analysis. A
performance-based determination of q can be much
faster and ha some further advantages. Different
configurations of the buildings, material properties and
local conditions, which might affect the behavior factor,
can be easily considered.
However, the concept is not completely new. The
approach goes back to KRAWINKLER and MISTLER
[11,12]. MISTLER presented a performance-based
determination of the q-factor for masonry structures. The
approach is more or less a modification of the base shear
approach and combines Equations (Eq.) (1) and (2) as
follows:
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q

Fb,el
Fb,inel



Sa (Tel )  m   el
S (T )   el
 a el
Sa (Tinel )  m  inel Sa (Tinel )  inel

.

(5)

The approach is based on the capacity spectrum method
[13] and is illustrated in Figure 4.

section 3.3) with results from numerical simulations (see
section 3.4).
The SAWS model [15] has been used to consider the
nonlinear behavior of connections within numerical
analyses. The SAWS model considers hysteretic
behavior, but can also be applied only for monotonic
loading. For this study, only the analytical formulation of
the backbone curve is required, which is described by the
parameters K0, F0, δu, r1 and r2 (see Fig. 5).

Figure 4: Performance-based determination of behavior
factors (systematic)

The elastic period Tel is computed using the initial
stiffness. Then the spectral acceleration Sa for full elastic
behavior can be read from the elastic response spectrum
(see Fig. 4). The spectral acceleration for inelastic
response is determined by the capacity spectrum method.
The performance point denotes the maximum
acceleration for inelastic behavior. The procedure of how
to find the performance point will be presented in section
5.1. The capacity spectrum represents is the transformed
pushover curve (see section 4.3).
In addition to the spectral acceleration, the modal mass
coefficient α is required to consider the altered vibration
behavior which might occur due to the inelastic
response. The modal mass coefficients are obtained by
using consistent rules for modal transformation (see
section 4.3). It must be noted here that the fundamental
assumption of this approach is that only the first mode of
vibration is relevant.
In this paper, the approach will be applied to a twostorey CLT building. For this purpose, a reference
structure will be defined (see section 4). An analysis
model will be developed using realistic loaddisplacement characteristics of connections (see section
3).

Figure 5: SAWS hysteretic model according to FOLZ AND
FILIATRAULT [15]

Some basic considerations have to be made for the
determination of spring properties. The typical
connectors used for anchoring CLT wall elements
exhibit a different load-bearing capacity for the loading
directions 1 and 2 (see section 3.2). RINALDIN AND
FRAGIACOMO [16] showed that a circular interaction
surface (see Fig. 6) match the experimental results for
biaxial loaded connections best. However, the analysis
software OpenSees [17] applied (see section 4) does not
provide an inelastic spring with strength interaction for
different loading directions.

3 DATA FOR ANALYTICAL
INVESTIGATIONS
3.1 DEFINITION OF INPUT PARAMETERS
Load-displacement characteristics of CLT wall elements
are governed by the behavior of connections. Within the
scope of the research project OPTIMBERQUAKE [14], both
experimental investigations on connections and CLT
wall elements were performed under different boundary
conditions.
Data which are necessary for nonlinear static (pushover)
analysis will be derived from test results of connections
and implemented to a spring model (see section 3.2).
Nonlinear springs will be used to account for loaddisplacement characteristics of connections. The
suitability of the spring properties will be validated on
the wall level by comparing results from testing (see

(a)
Figure 6

(b)

Force interaction of connectors; (a) definition of
load-bearing capacity in loading directions 1 and
2, (b) force interaction surface

For that reason, a comparatively simple approach was
taken by reducing the strength in both directions (F1 and
F2) by means of a constant factor α taking into account a
rectangular force interaction surface, as shown in Figure
6. The factor α was iteratively determined by calibrating
calculations on the wall level and was found to be 15 %
(α = 0.15).
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3.2 CONNECTIONS
In addition to the test results from OPTIMBERQUAKE [18],
data from experimental investigations on connections
performed by GAVRIC [19] and FLATSCHER [20] were
included to determine the spring properties.
Characteristics of hold downs and angle brackets are
required to predict the nonlinear behavior of CLT wall
elements. Hold downs and angle brackets were tested on
a rigid base (steel) and an elastic base (CLT) to account
for different support conditions in a CLT building.
Furthermore, properties for screw connections are
necessary to develop the three-dimensional analysis
model.
The backbone curves presented are the first envelope
curves of the cyclic tested connections.

Detailed information about to the test program, test
setup, data acquisition, test results and data processing
can be found in the documents [18],[19] and [20].

Figure 9: Backbone curves of hold downs, comparison of
experimental and numerical curves, loading
direction 2, anchored on steel (St) and CLT (Ti)

Table 1: Derived spring properties for hold downs, angle
brackets anchored on steel (St) and CLT (Ti) and
properties for self-tapping screws
K0
(kN/mm)
Figure 7: Backbone curves of angle brackets, comparison of
experimental and numerical curves, loading
direction 1, anchored on steel (St) and CLT (Ti)

F0
(kN)

δu
(mm)

AB-St-S
5.36
23.2
HD-St-S
2.38
3.1
AB-St-T
14.29
9.3
HD-St-T
9.64
21.4
AB-Ti-S
3.99
10.7
HD-Ti-S 1)
2.38
3.1
AB-Ti-T 2)
11.79
6.9
HD-Ti-T
14.52
22.0
SC-WC-0 3)
2.27
7.9
SC-WC-90 3)
1.29
5.6
SC-WS-0 3)
1.83
7.6
SC-WS-90 3)
1.52
5.6
1)
same as HD-St-S assumed
2)
based on test results from [20]
3)
based on test results from [19]

15.0
31.0
16.8
26.0
15.0
31.0
3.0
50.0
23.3
32.0
23.3
31.2

r1
(– )
0.170
0.080
0.112
0.180
0.230
0.080
0.130
0.060
0.010
0.015
0.024
0.076

r2
(– )
-0.170
-0.170
-0.100
-0.200
-0.500
-0.170
-0.020
-0.071
-0.100
-0.100
-0.075
-0.070

3.3 CLT WALL ELEMENTS

Figure 8: Backbone curves of angle brackets, comparison of
experimental and numerical curves, loading
direction 2, anchored on steel (St) and CLT (Ti)

The spring properties derived for hold downs, angle
brackets and self-tapping screws are documented in
Table 1. The abraviations SC-WC-0 and SC-WC-90
refer to the screw connection between perpendicular
walls. Both SC-WS-0 and SC-WS-90 relate to the
connection between slab and lower wall by means of
self-tapping screws (see section 4).

Two specimens out of a test series with 15 CLT wall
elements [21] were taken as references for the validation
of the spring properties. One CLT wall element was
connected to a rigid support (steel girder), the other one
to an elastic base (CLT), as shown in Figure 10. A
vertical load of 10 kN/m was applied, which
approximately represents the loading of an outer wall of
a two-storey building (cf. section 4.1).
The CLT wall elements were made by five board layers,
each with a thickness of 21 mm and strength class C 24
(three layers in a vertical direction, two layers in a
horizontal direction).

WCTE 2016 e-book | 4058

illustrated in Figure 12. An effective young modulus of
6600 N/mm² was applied to account for the layered
cross-section of the CLT element. The Poisson’s ratio
was set to 0.3.
The nonlinear behavior is attributed to the discrete
springs, which are denoted in Figure 12. Springs for hold
downs and angle brackets are described by the
parameters in Table 1 modified by the ‘force interaction
factor’ α of 0.15 using the SAWS model [15]. ‘Contact
springs’ were implemented to allow uplift under tensile
forces. The contact stiffness Kc was set to 103 kN/mm for
the rigid support. The contact stiffness was adopted to
obtain approximately the same deformation in the
compression zone as measured in the test. The elastic
contact stiffness Kc was found to 70 kN/mm.

WCLT-St-10
Figure 10:

Discrete springs
x hold down
x angle bracket
x contact

WCLT-Ti-10

Boundary conditions of the reference wall
elements; vertical load and support conditions

‘contact spring’

The CLT wall elements were anchored by hold downs
and angle brackets as tested in the test series of single
connections.
The test setup illustrating where loads and displacements
were applied and measured, respectively, is depicted in
Figure 11. The load-displacement curves obtained are
shown in Figure 13.
Detailed information about test setup, data acquisition,
test results and data processing are documented by SEIM
AND HUMMEL [21].

Figure 11: Test setup of CLT wall elements

3.4 VALIDATION ON THE WALL LEVEL
A plain model of the CLT wall was developed by means
of the numerical software package OpenSees [17]
incorporating different support conditions.
The analysis model consists of shell elements with
isotropic material properties and discrete springs, as

Figure 12: Analysis model for CLT wall elements

By means of the contact, spring friction was also
considered. A friction coefficient of µ = 0.1 was applied
for the rigid support – contact between lacquered steel
and CLT. A friction coefficient of 0.38 was taken into
account in the connection between the CLT wall and
CLT slab (elastic base). It is assumed that kinetic friction
applies.

Figure 13:

Backbone curves from testing of CLT wall
elements, monotonic (m) and cyclic (c), in
comparison with results from numerical
simulations

The load-displacement curves obtained by means of the
numerical simulation are compared with the backbone
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curves from monotonic and cyclic testing in Figure 13. It
shows that the simulation predicts the load-displacement
characteristics for two configurations, WCLT-St-10 and
WCLT-Ti-10, quite well. The simulation provides
backbone curves which are more or less the average of
the backbone curves from monotonic and cyclic testing.

4 ANALYTICAL STUDY ON
REFERENCE STRUCTURES

consider the different bearing behavior of the slab in
both the X- and Y-direction. The material properties
listed in Table 3 are effective material values and were
determined by a ‘back-calculation’ from effective
bending and shear stiffness of the layered cross-section
for out-of-plane bending according to AUGUSTIN ET AL.
[23].
Table 3: Material properties for slabs

4.1 PRESENTATION OF REFERENCE
STRUCTURES
A simple reference structure was developed as a basis
for the numerical simulations on the building level. The
floor plan is illustrated in Figure 14.

Ex

Ey

1540

9460

Ez
Gxy
(N/mm²)
11000 70

Gyz

Gzx

70

150

vyz vzx
(– )
0.3 0.3 0.3
vxy

The number of connectors – hold downs , angle brackets
and screws – was determined by means of force-based
design and a trail q-factor of 2.0 (cf. section 1). The
response spectrum type 1, soil class B [1] and a ground
acceleration of ag = 0.25 g were taken as reference to
compute the equivalent lateral seismic forces. The loadbearing capacity of the connectors from testing reduced
by the force interaction factor α (see section 3) were used
to find the number of connectors.

Figure 14: Floor plan of the reference structure

The reference structure was developed according to
FEMA 695 [22] and considers aspects of buildings
physics, fire safety and usage with respect to gravity
loads. The dimensions are oriented towards common
modular dimensions in Europe. The reference structure
was set up regarding a two-storey CLT building (see Fig.
15 and Table 2).
Table 2: Data of the reference structures
Dimensions
length in X-direction
length in Y-direction
storey height
Number of walls × wall length
in X-direction
in Y-direction
Gravity loads
dead load
live load
dead load walls

12.50
7.50
2.75
6×
2.50
4×
2.50
roof slab floor slab
1.0
3.0
1.5
1.5

m
m
m
m
m
kN/m²
kN/m²
kN/m²

4.2 ANALYSIS MODEL AND DEFINITONS
The analysis model was implemented with shells and
discrete springs, as described in section 3.4. Shells for
slabs and springs for screw connections were added (see
Fig. 16). The thickness of the slab was fixed to 138 mm
– with two layers in the X-direction, each 21 mm, and
three layers in the Y-direction, each 32 mm, (|32| 21
¯_
|32| 21
¯_ |32| mm) – based on service limit state provisions.
An elastic orthotropic material model was applied to

Figure 15: Analysis model of the two-storey CLT building

Two types of analysis model – ‘shear wall type’ (SWT)
and ‘box type’ (BT) – were considered within nonlinear
static analysis to consider behavioral effects of the
structure in the evaluation of the q-factor. The SWT
means that perpendicular walls are not connected to each
other. In the BT model, perpendicular walls at the wall
corner are joined together. Perpendicular walls were
connected by self-tapping screws with a spacing of
250 mm in the case of the BT model.
The assembling of shells and discrete springs is
illustrated in Figure 16. The connection of the walls to
the bottom is the same as that described in section 3.4.
The parameters given in Table 1 were applied for the
screw connections. The stiffness in tension and
compression of the connection between slab and lower
wall was considered by an additonal spring with
nonsymmetric elastic behavior. The compression
stiffness Kn accounts for contact (see section 3.4). The
tensile stiffness Kt is the withdrawal stiffness of a selftapping screw. The withdrawal stiffness was determined
according to BLAß ET AL. [24], with a diameter of
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10 mm, an embedment length of 195 mm of the screw
and a wood density of 350 kg/m³.
It must be noted that friction was not taken into account
for the simulations on the building level to evaluate the
behavior factor. The influence of friction on the q-factor
is addresses in section 6.

While applying the lateral loads, the base shear Fb and
the deflection on the top of the building d are recorded.
The base shear is plotted over the top displacement to
generate the capacity curve. as illustrated in Figure 2.
The load pattern and the obtained deflection shape
chosen – horizontal displacements ui in level i – are then
applied to derive the modal parameters m* and Γ,
according to Eqs. (8) and (9).

m*   mi  i


m*

 mi  i2

with i  ui / d

(8)
(9)

These parameters are used to transform the capacity
curve into the capacity spectrum according to Eqs. (10)
and (11).

Figure 16: Implementation of the three-dimensional model,
assembling of shells and springs

For the determination of capacity curves and capacity
spectra (see section 4.3), the masses of the structures
were concentrated to the center of the slab, which is the
point of the load application in each level (see Fig. 15).
The masses of the walls were added to the mass of the
slab.
The quasi-permanent gravity loads were applied to
determine the mass m according to Eq. (6).

m  (Gk +0.3  Qk )/ g

Sa 

Fb
m * 

(10)

Sd 

d


(11)

The capacity curves and the capacity spectra of the twostorey analysis model are shown in Figures 17 and 18.

(6)

Gk and Qk stand for the dead load and live load,
respectively (see Table 2). The gravity constant g was
taken into account at 9.81 m/s².
The resulting lumped masses are summarized in Table 4.
Table 4: Lumped masses mi
Level of
mi (to)

roof slab (S2)
15.9

floor slab (S1)
45.6

Figure 17: Capacity curves for the X-direction, SWT and BT,
uniform and linear load pattern

4.3 PUSHOVER ANALYSIS AND
TRANFORMATION
Nonlinear static analyses – called pushover analyses –
were performed to determine the inelastic capacity curve
of the structure. With reference to the pushover analyses,
load patterns must be selected which represent seismic
forces as external forces. The load pattern describes the
distribution of the horizontal applied lateral loads Fi of
the height of the building and is given by Eq. (7).

Fi  Fb 

si  mi
 sj  mj

uniform: si/j = 1
linear:
si/j = zi/j

(7)

According to EC 8 [1], two load patterns – uniform and
linear – were considered. The uniform distribution is
proportional to the mass mi and the linear distribution is
proportional to mass mi and height zi.

Figure 18: Capacity spectra for the X-direction, SWT and BT,
uniform and linear load pattern
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It becomes obvious that, even for a two-storey CLT
building, the capacity curves differ depending on the
interconnection of the perpendicular shear walls and the
load pattern applied. Connecting perpendicular walls
leads to an increase of the load-bearing capacity and
even the deformation capacity.
However, the influence of the different load patterns is
less pronounced compared to the difference between the
SWT and the BT having a look at the capacity spectra
(see Fig. 18).

5 EVALUATION OF THE q-FACTOR
5.1 DBD APPROACH
The DBD approach to evaluate the q-factor relates to the
capacity spectrum method [13] and ATC 40 [25]. The
capacity spectrum method uses a damped spectrum as
the demand spectrum. Spectral values of the damped
spectrum are determined by means of the damping
correction factor η, see Eq. (12), according to EC 8 [1].



10
 0.55
5

at 5 %, as already included in the elastic response
spectrum.
A transition curve was created by calculating the
dampened values of the spectral acceleration for multiple
spectral displacements Sd of the capacity spectrum.
The capacity spectrum and the demand spectrum –
transition curve – were transferred into one diagram. The
intersection between the two curves defines the
performance point.
The elastic response must also be determined to evaluate
the q-factor. The elastic behavior was found by
performing static analyses with elastic spring behavior.
The stiffness of the elastic springs is the stiffness K0, as
given in Table 1.

(12)

Effective damping ξeff [25] is used to account for
nominal damping ξ0 and energy dissipation due to
inelastic deformations and is computed according to Eq.
(13).

eff  0    eq
with eq 

(13)

2 Sa, y  Sd , pi  Sd , y  Sa, pi

Sa, pi  Sd , pi


The modification factor κ is set to 0.33 to consider the
characteristic hysteretic behavior of CLT structures
(pinched shape).

Figure 20: Performance points for elastic and inelastic
behavior of the SWT structure

Figure 19: Definition of equivalent viscous damping ξeq,
according to ATC 40 [25]

The elastic response spectrum – type 1, soil class B [1],
ground acceleration ag = 0.25g (see section 4) – was
transferred with Eqs. (12) and (13) to generate the
damped spectrum. For the determination of effective
damping, the definition of ISO 21581 [26] was used for
the initial stiffness Kini and equal energy under the
nonlinear and the bilinear capacity curve was considered
(see Fig. 19). Nominal damping was taken into account

Figure 21: Performance points for elastic and inelastic
behavior of the BT structure

Figures 20 and 21 show that similar performance points
are obtained for the uniform and the linear load pattern.
However, the acceleration demand is higher for the BT
behavior than for the SWT behavior.
Furthermore, the performance point for complete elastic
behavior as an intersection between elastic response
spectrum and linear capacity curve is illustrated in
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Figures 20 and 21. Only the elastic response for the
linear load pattern is shown. However, the uniform load
pattern yields the same spectral acceleration because of
the very low difference in the initial domain of the
capacity spectra (see Figs. 18, 20 and 21). Even the
difference in the elastic response between the SWT and
the BT is very low.
The spectral accelerations are now used to determine the
behavior factor according to Eq. (5). The following
relationship applies for the modal mass coefficient α
[27]:
m * 

m

(14)

The modal parameters m* and Γ are defined in section
4.3. The entire mass m of the structure is the sum of the
lumped masses given in Table 4.
The evaluation of the behavior factor by the DBD
approach for the two types of structural models and the
two load patterns considered are summarized in Table 5
for the X- and Y-direction.
The behavior factor which was determined according to
Eq. (5) is now termed qµ to denote the difference to the
trail q-factor. Whether a performance point (PP) could
be found for the different configurations designed for a
trail q-factor of 2.0 (see section 4.2) is checked in Table
5.
Table 5: Evaluation of the behavior factor
Type D1) Load
pattern
SWT X linear
BT

X linear

PP +
inelastic
elastic
Trail q Sa
αinel
Sa
αel
check (m/s²) (–) (m/s²) (–)
pass

4.5

0.90

7.4

0.90

qµ
(– )
1.64

pass

5.4

0.90

7.4

0.90

1.37

SWT Y

linear

pass

4.6

0.90

7.4

0.90

1.61

BT

linear

pass

5.1

0.91

7.4

0.90

1.43

SWT X uniform

Y

pass

4.3

0.93

7.4

0.93

1.72

BT

pass

5.3

0.93

7.4

0.93

1.38

SWT Y

uniform

pass

4.3

0.93

7.4

0.93

1.71

BT

uniform

pass

5.1

0.93

7.4

0.93

1.44

1)

X uniform
Y

direction of analysis

6 CONCLUSIONS AND OUTLOOK
In this paper a performance-based design approach was
presented as tool to evaluate behavior factors of multistorey timber structures. It must be noted that Eq. (5) can
only be used to evaluate the available inelastic
deformation capacity and the corresponding energy
dissipation capacity of a building.
However, the study shows that the DBD approach is
suitable to validate a trail behavior factor. A q-factor of
2.0 was found for the two-storey CLT structure. This
behavior factor might be lower than values which can be
found in the literature [4],[7].
For a final evaluation of the DBD approach and the
behavior factor for CLT structures, comparative analyses
will be performed including nonlinear time history
analyses. Other definitions of the q-factor (see section
1.2) will be considered for comparison. A higher number
of storeys (four to eight) will be considered. The study
shows that different load patterns have a little influence
on the global inelastic response of the two-storey
building, but the opposite is expected for higher CLT
structures.
However, structural effects – such as box type behavior
– lead to a higher load-bearing capacity, but decrease the
capability of inelastic deformations and energy
dissipation for a predefined seismic action. Further
influences which were not discussed in this paper, such
as friction and ‘non-structural’ CLT sections around
openings, will amplify this effect.
The q-factor must account for different inelastic
behavior and system effects. For that reason, the
application of a conservative behavior factor would be
reasonable.
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5.2 COMPARISON AND DISCUSSION OF
RESULTS
The behavior factor of 2.0 is confirmed, since
performance points were found for all of the different
configurations. However, the difference to the qµ -factor
must be further discussed.
The behavior factor q can be interpreted as a product of
two components [28],[29].

q  qµ  qs

structural response because the values of qµ derived (see
Table 5) are always lower than 2.0. However, the
available inelastic deformation capacity and the
corresponding energy dissipation capacity varies – qµ factor lies between 1.4 and 1.7 – depending on the
structural type and the load pattern applied. The mean
value for the qµ -factor is 1.5. The behavior factor of 2.0
is achieved due to system overstrength.

(15)

The component qµ accounts for the inelastic
deformations and energy dissipation. The factor qs
considers the redundancy of structure which might be
called (inherent) system overstrength.
The performance-based evaluation of the behavior factor
reveals that system effects exist beside the inelastic
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SEISMIC DESIGN METHOD FOR HANOK CONSIDERING JOINT
LATERAL RIGIDITY USING BIM
Seunghun Shin1, Byeonghan Lee 2, JeongBae Yoon 3
ABSTRACT: The purpose of this study is to develop a seismic capacity evaluation technique for traditional wooden
structures in Korea (HanOk). The shape information is derived from a BIM design procedure. The joint stiffness DB for
the lateral direction of a HanOk is determined from the test results of 1/5 scale model building. A modified DDD
method to build a HanOk, based on a seismic design procedure of the NEESWood report, is proposed.

KEYWORDS: Korean traditional wooden structures (HanOk), BIM, Test results, Joint stiffness evaluation, Database,
Modified DDD procedure, Seismic capacity evaluation

1 INTRODUCTION 123
1.1 RESEARCH BACKGROUND
Traditional wooden structures such as the HanOk in
Korea have been gaining attention due to their
environmentally friendly characteristics. However, a
systematic procedure to evaluate the resistance of
traditional wooden structures under earthquakes has not
been properly provided, which includes a complicated
finding process about matching the joint detail to achieve
the required lateral stiffness. Recently, it has been
possible to take, make and set accurate design from a
developed BIM process and to derive the joint shape
information from this BIM data for to build HanOk.

The structural design procedure that was used to
establish the HanOk DB, includes the lateral resistance
for the joint, is shown in Figure 1.
The proposed process to establish the DB includes the
lateral resistance evaluation of a joint as a target.
Given the limited scope of the study, the lateral
resistanceof other members such as walls and studs are
not included.

1.2 RESEARCH SCOPE
In the present study, the establishment of a joint rigidity
database for systematic seismic design of HanOk
buildings is proposed.
Using the lateral joint stiffness database (DB) derived
from the test result, the findings can be applied to a
modified direct displacement design (DDD) procedure
for seismic performance evaluation. It will be possible to
evaluate the earthquake-resistant capacity of traditional
wooden structures based on the developed BIM process.
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Figure 1: Structural design procedure for HanOk

2 METHODOLOGY
2.1 AIM
This study presents a seismic design procedure that
considers the joint rigidity for HanOk design and
formulates the rigidity database as the horizontal
resistance reference of the HanOk joint.
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2.2 METHODS
In this study, the joint shape information values from the
HanOk BIM data are converted, and model experiments
are subsequently performed to create the rigidity
database. In the seismic design method, a DDD
procedure is used.
2.3 PROCEDURE FOR A DIRECT
DISPLACEMENT-BASED DESIGN OF THE
WOODEN STRUCTURE
A direct displacement procedure for the multi-story
wood frame presented by Pang and Rosowsky (2007) is
shown in Figure 2.

Figure 4: Equivalent linearization of the non-linear backbone
curve

3 JOINT RIGIDITY DATABASE
The HanOk joint rigidity database can be derived as
follows. Providing the joint rigidity data using this
database, it will be possible to choose safer individual
joint details.
3.1 EXTRACTED DATA FROM HANOK BIM
INFORMATION
The shape and connection design data from the HanOk
BIM information are extracted and transmitted for the
DDD procedure.

Figure 2: DDD procedure of NEESWood [1]

The backbone curve of the wooden frame is modelled
using five parameters, as shown in Figure 3.

Figure 5: Extraction of member data from the HanOk BIM

3.2 HANOK JOINT RIGIDITY DATABASE
GENERATION
Figure 3: Parameters of the Shearwall Backbone Curve

The equivalent linearization of a non-linear backbone
curve at the target displacement, δu, is shown in Figure 4.
The equivalent stiffness Keq is determined so that the
energy of the non-linear curve is the same as the energy
of the linearized curve.

The shape variable adds to the rigidity DB in order to
modify the DDD procedure (Pang and Rosowsky, 2007).
The procedure for the creation of the HanOk joint
rigidity DB is shown in Figure 6. This can be generated
through steps that include existing information,
experiments, a load displacement history curve, shape
variables, backbone curve variables, and equivalent
stiffness. By repeating this procedure, it is possible to
construct the HanOk joint rigidity DB.
The joint rigidity DB renders it possible to design the
joint without performing individual experiments and
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analysis on the joint rigidity data when designing a
HanOk.

3.3.2 JOINT SELECTION OF REQUIRED
EQUIVALENT STIFFNESS FROM THE
HANOK JOINT DB
The rigidity tables are generated from the loaddisplacement curve in the DDD procedure detailde by
Pang and Rosowsky. In this study, typical joint rigidity
is created from the moment-rotation curve. The
equivalent stiffness Keq corresponding to the Drift (%)
of the joint is estimated when considering the joint, and
while taking the height into account.

Figure 8: Rigidity conversion of the HanOk joint rigidity DB

4 EXPERIMENTAL PROGRAM
4.1 SPECIMEN DESIGN AND TEST SET UP
Figure 6: HanOk joint rigidity DB generation process

3.3 EQUIVALENT STIFFNESS Keq IN
ACCORDANCE WITH THE DRIFT

The tested structure of ChoIkGong (Figure 9) having a
SaGae (4-side sypher) joint is planned. To evaluate the
joint rigidity of a HanOk, a 1/5 scale model is tested
(Figure 11).

3.3.1 MODIFICATION
OF
THE
DIRECT
DISPLACEMENT DESIGN (DDD) METHOD
To obtain the equivalent stiffness, Keq in accordance
with Drift is formulated. A DDD study should refer to
Pang and Rosowsky (Figure 7). In a DDD study, the
process is modified at steps 1 and 5 of the original
procedure for the joint rigidity.

No
1
2
3
4
5
6
7

Name
Main beam
Dori (parallel edge beam)
Column
Column capital
BoAJi (column capital)
JangYeo (parallel sub-beam)
PyengBang(parallel edge beam on column)

Figure 9: Joint shape of ChoIkGong HanOk

Figure 7: Direct Displacement Design procedure
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Figure 12: Test set up photo

Through the preliminary experiments, it can be seen that
the top frame above the main beam has a relatively high
rigidity when compared to the joint rigidity. Therefore,
the top frame is assumed to exhibit rigid body motion.
4.2 GRAVITY LOAD APPLICATION
Gravity load is determined by the Repair, ConstructionMeasurement Report of the BongJeongSa-Temple [6].
The unit load of roof of BongJeong-Temple roof is about
7,595 N/m2. T h e a p p l i c a t i o n l o a d for the scaled
specimen is 1,094 N (Table 1).
Rubber boards with plywood decking on top of the rafter
are applied externally as a gravity load.
No
1
2
3
4
5
6
7
8
9
10

Name
Main beam
Dori (parallel edge beam)
Column
Rafter
BoAJi
Ridge beam
PanDaeGong (post)
Jong-Bo (strained beam)
DongJaJu (post)
SaGae(4-side sypher) joint

Figure 10: 1/5 scaled model specimen

Figure 11: Test set up for cyclic loading on the shake table

Table 1: Gravity load application

BongJeongSa-Temple

Specimen
(1/5 scale)

Unit load(N/m2)

7,595

1,519

Applied area(m2)

18

0.72

Total application
load(N)

136,710

1,094

4.3 LATERAL LOAD APPLICATION AND
MEASUREMENT
A horizontal tabbed rod is attached to a rotating hinge at
the center of the main beam so that the rod makes lateral
force to the main beam and attached to a rotating hinge
at the block based on the reaction floor (Figure 11). The
lateral displacement is applied at the bottom of the
column by using a shaking table that is repeatedly
controlled by parallel displacement of the main beam’s
direction up to a maximum drift ratio of 5% (Figure 13).
As a result, the lateral load is applied at the level of the
main beam by using a steel rod. The cyclic loading
pattern is shown in Figure 13.
Lateral displacement at the top and bottom of the column
is measured using four displacement transducers. Also, it
is measured through another displacement transducer at
the parallel sub-beam (ChangBang) to check for any
errors that may occur.
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5 CREATING A DB OF HANOK JOINT
RIGIDITY
The envelope curve, equivalent stiffness, Keq according
to the Drift and shape variables from the BIM data are
formulated from the experimental results that were used
to create the HanOk joint rigidity data for the DB.
5.1 ENVELOPE CURVE

Figure 13: Repeated lateral load history

In order to derive the DB data, the envelope curve from t
he experimental results in Figure 15 is converted to a
moment-rotation curve considering the member height.
Additionally, the value of tri-linear stiffness is interpolat
ed (Figure 16). The estimated values are shown in Figure
17.

4.4 EXPERIMENT RESULTS
Figure 14 shows the load-displacement curve for the
main beam’s direction. Where the load is obtained by
summing the four joints, it should be noted that the load
of one joint is given 1/4 of the overall load. The
envelope curve is shown at the same time by connecting
the maximum point of each cycle.

Figure 16: Tri-linear stiffness linearization from the test
results

Figure 17: Estimated values from the envelope curve

5.2 EQUIVALENT STIFFNESS
CORRESPONDING TO DRIFT
Figure 14: Experimental result (load-displacement curve) for
beam direction

The lateral stiffness of the HanOk joint and equivalent
stiffness, Keq, corresponding to Drift is estimated from
the experimental results (Figure 18 and Table 2). The
drift is estimated up to 7% at a 0.5% interval.

Moment (kN*mm)

Drift 7%
Drift 0.5%
Drift 2%
Drift 3.5%

Drift 3%
Drift 1%
Drift 2.5%
Drift 4%

experiment
Drift 1.5%
Drift 5.5%
Drift 4.5%

9000
8000
7000
6000
5000
4000
3000
2000
1000
0

Figure 15: Joint of the load-displacement history curve and
backbone curve

0

0.02

0.04

0.06

0.08

rotation (rad)

Figure 18: Calculation of the equivalent stiffness, Keq, for each
drift from the L-D envelope curve
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Table 2: Equivalent stiffness Keq for each drift (kN*mm/rad)
Drift
(%)

0.5

1

1.5

2

2.5

3

3.5

Keq

266k

260k

243k

222k

206k

192k

179k

Drift
(%)

4

4.5

5

5.5

6

6.5

7

Keq

165k

155k

144k

132k

124k

117k

110k

NS direction of the building. The stiffness of the walls,
floors, and other structures, except for columns and
beams, are not considered. The change in rigidity by the
gravity load is also not considered.

5.3 SHAPE VARIABLES AND STIFFNESS DATA
FOR A TYPICAL JOINT
In this study, the joint is used in the ChoIkGong style
with SaGae (4-sided sypher) joint. The different joint
scheme is based on the type of member, joint, and size,
which all create different degrees of stiffness. Different
variables are needed to represent the joint shape
characteristics. The values of the shape variables are
shown in Figure 19.

Figure 19: Shape variables for a typical joint

The joint stiffness data for each drift ratio, as derived
from the test results, are shown in Figure 20.

Figure 21: Model building

6.2 GRAVITY LOAD

6 SEISMIC PERFORMANCE
EVALUATION WHEN
CONSTRUCTING A HANOK
MODEL BUILDING USING THE
PROPOSED PROCEDURE

The mass of each floor is calculated from the member
weight and the live load is defined by KBC2009. The
roof gravity load for the model building is determined by
the Repair Construction-Measurement Report of the
BongJeongSa-Temple (Table 3). The self-weight of the
structural member is calculated using the air-dried
specific gravity 0.5 of pine, 330mm of the diameter of
the column and 210 ⅹ 270mm of ChangBang. The
weight of the upper frame of the roof at the top of the
column is converted from the weight of the 1/5 scale
model to the weight of the full-scale model by the
similarity rule.

6.1 MODEL BUILDING

Table 3: Gravity load data

Figure 20: Han-Ok joint stiffness data

The validity of the proposed procedures is examined
using the results of the nonlinear time history analyses
for HanOk model building.
The model building was selected to be a five-parallelbeam, 4-storey HanOk structure, which was to be built in
a ChoIkGong style, and which features a span of 3ⅹ3m
and a height of 3m. The floor plan is shown in Figure 21.
There are 2 bays in the EW direction and 2 bays in the

Type
Self-weight load for each floor
Live load for each floor
Self-weight load for roof frame
Gravity load for roof

Gravity load(kN)
21.3
72
4.9
273.4
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6.3 DESIGN ACCELERATION RESPONSE
SPECTRUM
The design response spectrum was produced depending
on the earthquake zone and the soil conditions, as in
Table 4. The design spectrum is shown in Figure 22.
Table 4: Design response spectrum parameter

It is assumed that the upper frame is a rigid body and it
is set to hinge in dof x at the support; the other dof’s are
fixed. The weight applied to the analysis model, is
assigned to the upper position of the column at each
floor, which is summarized in Table 5. Further, each
floor is considered as a single diaphragm using slaving
functions.
Table 5: Applied load for model building

1

Zone of Seismicity
Hazard Level

10%/50year

2%/50year

Zone Factor S

0.15

0.22

Site Class

SB
(Class B)

SB
(Class B)

1

1

Fv

1

1

SDS

0.37

0.55

SD1

0.15

0.22

Value as a function of site class and mapped short-period
spectral response acceleration

Fa

Value as a function of site class and mapped short-period
spectral response acceleration

Floor
Floor 1
Floor 2
Floor 3
Floor 4

Applied load(kN)
93.3
93.3
93.3
299.6

1/9 Scaled load(kN)
10.37
10.37
10.37
32.29

All joints are modelled based on the envelope curve of a
typical joint using the joint rigidity design procedure.
The shape of the beam and the column members are
modelled assuming the HanOk joint rigidity DB in
Figure 20 and Young's modulus 10 (kN/mm2), so as not
to be destroyed before the joint fails.
6.4.2 ARTIFICIAL GROUND MOTION
GENERATION
A wave generation program was used to create artificial
ground motions for the nonlinear time history analysis
and design response spectrum, as defined in the code
(KBC 2005) that was generated for seismic zone 1 and
site class SB for each hazard level.
6.4.3 INTER-STOREY DRIFT RATIO FROM
THE NONLINEAR TIME HISTORY
ANALYSIS RESULTS

Figure 22: Site-specific response spectrum for the earthquake
hazard level

6.4 NONLINEAR TIME HISTORY ANALYSIS
FOR A MODEL HANOK BUILDING

The maximum inter-storey drift ratio is plotted in Figure
24 from 20 artificial ground motions for a given hazard
level. The red line in Figure 24 indicates the limit of the
inter-storey drift ratio at the each hazard level. It is also
shown in Table 6 by averaging the maximum interstorey drift ratio for each floor.

6.4.1 ANALYSIS MODEL
The analysis model used to perform the nonlinear time
history analysis is shown in Figure 23.

(a)Hazard level 10%/50yr

Figure 23: Modeling for a nonlinear time history analysis

(b)Hazard level 2%/50yr
Figure 24: Inter-storey drift ratio at each hazard level
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From the design criteria, the inter-storey drift ratio is
limited to 3.3% (LS level) for a hazard level of 10%,
which has a probability of exceedance in 50 years, and it
is also limited to 6.7% (CP level) for a hazard level of
2%, which has a probability of exceedance in 50 years.
Table 6: Inter-storey drift ratio at each hazard level

Floor

Inter-storey drift ratio (%)
10%/50yr

2%/50yr

Floor 1

1.6

2.3

Floor 2

1.5

2.0

Floor 3

1.5

2.0

Floor 4

1.5

2.0

In Table 6, the results from the nonlinear time history
evaluation indicated that the maximum inter-storey drift
was 1.6% when the hazard level is 1.6%/50 years, and
2.3% when the hazard level is 2.3%/50 years. These
values show a lower drift ratio at about the 1/2~1/3.5
level when compared to code-specified performances.
This means that the capable equivalent stiffness has a
higher value that is 1.5~1.8 times greater than the
demanded values. In addition, in the analysis, the highest
inter-displacement ratio value was evident for the first
floor at the both hazard levels.

7 SUMMARY AND CONCLUSIONS
The procedure used to determine joint details to achieve
the required rigidity is derived from the HanOk DB. On
the basis of this study, this method can enable the fast
and accurate design of a HanOk structure. Furthermore,
the structural design of a HanOk building can be linked
with modern BIM-based design procedures
In the present study, a database featuring typical joints
was obtained from the experimental results, and the data
were applied to the scaled building model. In the future,
the database must be constructed from the experimental
and analytical results of the various joint. Further, it is
necessary to compare the constructed model with the
results of full-scale test to determine joint rigidity.
The results of this study can be applid to various forms
of HanOk structures, including multistorey buildings. If
a large database is to be constructed, the application will
be greatly increased.
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EXPERIMENTAL STUDY ON THE SEISMIC BEHAVIOUR OF
TRADITIONAL CHUAN-DOU STYLE WOOD FRAME
Hao Huang 1 , Tao Guo 2 , Pei Li 3, Ze-Wei Sun 4
ABSTRACT: Chuan-Dou style wood construction is one of the most widely used structure types in Chinese history.
There were some common failure modes been found after some major earthquake events in past few decades, it is urgent
to study its aseismic mechanism and retrofitting methods to guide engineering practice. This paper presents the
experimental results of low-cyclic reversed loading tests on two full-scale Chuan-Dou style wood frames. Seismic
behaviors, such as hysteretic curves, skeleton curves, degeneration of strength and rigidity, deformation capacity and
energy dissipation capacity, are summarized, experimental results shows that there is significant pinching phenomenon
in the hysteresis curves, Chuan-Dou style wood frames exhibit reasonable energy dissipation capacity and deformation
capability, but stiffness of mortise-tenon joints is low and its stiffness degrade significantly after subsequent load cycles,
which induced large deflection of wood frames. Finally, some suggestions were presented to improve the seismic
performance of Chuan-Dou style wood construction.
KEYWORDS: Chuan-Dou style wood frame; mortise-tenon joints; low-cyclic reversed loading test

1 INTRODUCTION 123
Traditional Chinese timber structure are classically
classified into two categories. One is post-and-lintel
construction, which commonly used in north china for
public buildings, like temples, royal palaces, etc, as shown
in figure.1, the other is Chuan-Dou style wood
construction which commonly used in south china for
residential house, as shown figure.2.

mortise-tenon joints to connect horizontal members and
vertical members. The structural difference for these two
types of structure is, for post-and-lintel constructions, the

Figure 2: Chuan-Dou style wood structure
Figure 1: Post-and-lintel construction

The structural common features of these two types of
Traditional Chinese timber structure are the use of round
timber to build column members and rectangular shaped
solid saw-wood to build horizontal members, use

1

Hao Huang，school of civil enginnering，
ChongqingUniversity，China，huanghao@cqu.edu.cn
2
Tao Guo, Chongqing University, 20131613135@cqu.edu.cn

wood member size is significantly larger than those of
Chuan-Dou style wood construction, and vertical
members spaces much farther than Chuan-Dou style
wood construction, which make it can create large clear
space for public use. The typical diameter of column
members for Chuan-Dou style wood construction ranging
from 150mm to 250mm, column spacing typically
ranging from 1.0m to 3.0m (in main frame direction). The
joint details employed in these two types of structure are
3
4

Pei Li, Chongqing University, 20131613097@cqu.edu.cn
Ze-wei Sun,ChongqingUniversity,20141613097@cqu.edu.cn
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different, dovetail mortise-tenon joints are commonly
used in post-and-lintel construction, as shown in figure.3,
for Chuan-Dou style wood construction, horizontal
members goes through several columns continuously
using Straight mortise-tenon joints, in main frame plane,
as shown in figure.4.

Figure 5: Base slide（Courtesy of Zhe Qu）

Figure6: Leaning （Courtesy of Zhe Qu）
Figure 3: Dovetail mortise-tenon joints

Figure 4: Straight mortise-tenon joint

There were some common failure modes been found after
some major earthquake events in past few decades, Chen
and Chang summarized the common seismic failure of
Chuan-Dou timber structures [1-2]:
(1) Base slide, as shown in figure.5 [3],
(2) Partial or total leaning, as shown in figure.6 [3],
(3) Falling of roof tiles and purling,
(4) Partial or total collapse.

The damaged Chuan-Dou timber structures may be
subjected to a combination of different types of failures
mentioned above. Only limited Chuan-Dou timber
structures were collapsed. However, in those collapsing
cases, beams normally are discontinuous at beam-tocolumn joints. The Chuan-Dou timber structures are
flexible in the two horizontal directions.
Therefore, it is urgent to study its aseismic mechanism
and retrofitting methods to guide engineering practice.
Although precedent work in this field is relatively limited,
some researchers have done some pilot works on this topic
[1-2,4-9]. Chen studied the mechanical behaviors of
timber connections of traditional Chuan-Dou Structures.
Xie studied the mechanical Behaviors of straight mortisetenon joints. Chang studied the rotational performance of
Traditional Chuan-Dou timber joints in Taiwan, it was
found that Chuan-Dou style joint exhibit ductile failure
modes and reasonable energy dissipation capacity. Lu
conducted quasi-static tests on three single strorey, single
bay wood frames with straight mortise-tenon joints, it was
found that Chuan-Dou style wood frame exhibit great
deformation capacity, which the storey drift to height ratio
up to 1/12.7.Wang conducted a shaking table test on a 1:2
scaled Chuan-Dou style prototype structure, which
proved Chuan-Dou style structure can survive when
applied peak ground acceleration up to 0.5g in his case.
As the first research ftage, in this paper, two cyclic tests
were performed on full-scale, one-story, two-bay ChuanDou style wood frame specimens. The main objectives of
this study are as follows: (1) to understand the seismic
performance of multi-bay Chuan-Dou style wood frame,
which representing the typical configuration of this type
of structure, (2) obtain experimental data for a later
parametric numerical simulation to improve the ChuanDou style wood structures.

2 Experimental program
2.1 Fabrication of specimens
Typically, Chuan-Dou style wood construction is used for
single storey or two storey residential house, in order to
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represent the common practice, two single storey, twobay wood frame specimens with typically structural
configurations were tested in this paper. The prototype
structure and specimen geometry are shown in figure.7
and figure.8, respectively.

is the compressive modulus of
c,90,n
perpendicular to grain along radial direction .

elasticity

Table 2: Material properties of russian pine

MV

fm
60.78Mpa

Em
10.20Gpa

f c,90,n
2.05Mpa

E c,90,n
0.62 Gpa

SD
7.68 Mpa
0.93 Gpa
0.32 Mpa
0.13 Gpa
Notes: Each material parameter of wood is a mean value
of 10 specimens. MV is the mean value, SD is the standard
deviations, f m is the bending strength, f c,0 is the
compressive strength parallel to grain, f c,90,n is the
compressive strength perpendicular to grain along radial
direction, Em is the flexure modulus of elasticity, E c,0 is
the compressive modulus of elasticity parallel to grain, E
is the compressive modulus of elasticity
c,90,n
perpendicular to grain along radial direction .
2.2 Test Setup and Instrumentation
Cyclic tests were carried out using a hydraulic actuator
at Chongqing University, Chongqing, China. The
hydraulic actuator had a displacement range of ±400mm
and a capacity of 250kN. The actuator was secured
between the steel reaction frame and the steel plate at the
elevation corresponding to the top of the column. There
was a hinge between the hydraulic actuator and the steel
plate to eliminate the bending moment generated by the
gravity of the actuator so that the horizontal reverse load
could be applied more simply. The pulling load was
transferred by the steel tie bar to avoid the partial failure
of the left beam-column joint. For the boundary
conditions, the bottom of the columns was simply placed
on the ground beam with no other connection, which
consistent with the common practice. Additionally, outof-plane stability was ensured via a steel roller installed
on the gantries. Fig.9 shows the test setup.

Figure 7: Prototype structure

Figure 8: Layout of specimen

The specimens were made of two wood species, columns
from fir grown in southwest area of China(Picea asperata
Mast), and beams from russian pine(Pinus sylvestris var.
mongolica Litv.). Before frame tests, material properties
tests were carried out in terms of Physical and mechanical
tests of wood (GB/1927-1943-91). Material properties of
wood are reported in Table 1 and Tabe 2.
Table 1: Material properties of fir grown in southwest China

MV

fm
43.82Mpa

Em
8.07Gpa

f c,0
55.21Mpa

E c,0
7.22 Gpa

SD

3.65 Mpa

0.67 Gpa

3.25 Mpa

1.02 Gpa

Notes: Each material parameter of wood is a mean value
of 10 specimens. MV is the mean value, SD is the standard
deviations, f m is the bending strength, f c,0 is the
compressive strength parallel to grain, f c,90,n is the
compressive strength perpendicular to grain along radial
direction, Em is the flexure modulus of elasticity, E c,0 is
the compressive modulus of elasticity parallel to grain, E

Figure 9: Test setup

Observations of the tests were recorded as follows:
(1) loading force (exported by load cell), (2) horizontal
displacements at the top and middle of the column,(3)
relative rotation of the joint (measured using a couple of
displacement sensors), (4)relative slippage between
column and beam,(5) base slip (6) pulling up of the
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column, (7) strain gauge, as shown in figure.10 and
figure.11.

3

3

3
4

4
Relative
slip

3 Relative
rotation

3
4

2 Horizontal
displacement

Displacement
sensor
3

3
6

5

3
4

3

4

3
4

1 Load

3

2
3
6 Pulling up
5 Base slip

Figure 10: Test instrumentation

According to the American Society for Testing and
Materials E2126 (ASTM 2012b) and the test methods that
other scholars used, the horizontal reversed load was
applied using a displacement control method with vertical
loads on the columns or beams. The procedure is shown
in Fig.12.The first displacement pattern consists of three
single fully reversed cycles at displacements of 60mm,
90mm, and 120mm. The second displacement pattern
consists of phases, each containing three fully reversed
cycles of at displacements of 150mm, 175mm, 200mm,
225mm and 250mm.

3 Experimental Phenomenon
Before each test, cells and sensors were checked to ensure
they were working well. Then, concrete blocks were
loaded vertically on wood frames. After 10 mins, the test
began, and a 25mm/min constant loading rate of the
horizontal actuator was applied.
No special behaviors were found before the cyclic
amplitude reached 10 mm. When the cyclic amplitude
reached 10 mm, the specimens on test squeaked all of a
sudden. This resulted from the initial gaps of the mortise–
tenon joints. With the increasing lateral displacement, the
mortise–tenon joints crunched loudly, simultaneously the
tenons were pulled out. The pulling-out length of tenons
was about 5 mm for the 30 mm cyclic amplitude, and it
was about 10 mm for the cyclic amplitude of 100 mm.

Figure 11: Strain gauge

2.3 Loading protocol
Before lateral load is applied, constant vertical loads are
applied using concrete blocks which are hanged to wood
frame by steel cables, totally 50kN vertical loads are
applied at three column tops and two beam mid-span
points,10kN for each.
Figure 13: Deformed shape of wood frame

250
200

Displacement (mm)

150
100
50
0
-50

-100
-150
-200
-250

Figure 12: Loading protocol

Loading cycle

During test process, wood frames deformed like rigidbody frame, which means joints rotations were close to
storey drift ratio, and columns inclined like straight line,
as shown in figure.13, mainly due to the relatively low
rotation stiffness of mortise tenon joint.
After tests finished, specimens were inspected again,
some observations are summarized as follows:
(1) relative movement between column bottom and
foundation were observed, as shown in figure.14.
(2) Cracks developed during loading process, but no
major damage of members and joints, as shown in
figure.15.
(3) In joint zone, beam (mortise) deformed significantly,
due to its relatively low modulus along perpendicular
to grain direction, column (tenon) almost no
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deformation developed, due to its high MOE value
alone parallel to grain direction. As shown in
figure.16 and figure.17

Figure 17: Beam deformation
Figure 14: Base movement

4 Experimental results
4.1 Hysteretic curves
Figure. 18 and figure.19 shows the hysteretic curves of the
specimens K1 and K2, respectively.
Force (kN)
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Figure 15: Cracks development around joint
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Figure 18: Hysteretic curves of K1
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Figure 16: Column deformation

Figure 19: Hysteretic curves of K2
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4.2 Skeleton curves
Skeleton curves are shown in figure.20. Yielding points
can not be defined through skeleton curves. Both
specimens were tested up to the storey drift ratio reach
1/10, up to that displacement level, both specimens can
still carry more lateral load, and no joint and member
failure were observed.
10

K1
K2

K1
K2

0.030
0.025

Stiffness (kN/mm)

Hysteretic loops were both Z-shaped. Pinching effect on
the hysteretic loops can be found for both tests, which
indicate the large amount of joints slippage during
loading, joint slippage increased with the applied
displacement amplitude increases, which consistent with
the joint configuration and joint test results. For straight
mortise-tenon joint, initial slip sourced from the initial
gap of joint, subsequent load cycle introduces plastic
deformation of joint zone, which enlarged the initial gap.
Hysteretic curves also demonstrates the degradation of the
energy dissipation. Comparing the three hysteretic loops
at a given cyclic amplitude, it was identified that the last
two loops were almost over-lapped. The increasing
segment of the first loop was larger than the other two,
while the decreasing segments of all three loops were
overlapped with each other.
To eliminate the left residual displacement, an inverse
force had to be applied. The absolute inverse force
increased with the decreasing absolute displacement up to
a maximum value, after which, it decreased gradually.
This phenomenon was quite different from those
exhibited by concrete and steel structures.
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Figure 21: Lateral stiffness

Fig. 21 shows the secant stiffness curves of the specimens.
At initial loading stage, the lateral stiffness for both
specimens K1 and K2 are relatively low, which due to the
initial gaps of mortise tenon joints. When applied
displacement increased, the lateral stiffness increased
simultaneousesly, up to the displacement of 175mm.
After which, the lateral stiffness slightly decreased.
During loading process, the lateral stiffness ranging from
15.5kN/m to 29.2 kN/m for K1, and 17.8kN/m to 23.2
kN/m for K2. Test results showed that the lateral stiffness
for chuan-dou wood frame is significant lower than that
of steel or concrete structure.
4.4 Strength degradation
Strength degradation corresponds to the strength
decreaseinduced by subsequent cycles for a given
displacement. The strength degradation factors are shown
in table.3.

Force (kN)
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Table 3: Strength degradation factor
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Figure 20: Skeleton curve

4.3 Lateral stiffness
The stiffness of a structure is referred to the secant
stiffness (or effective stiffness) corresponding to a pair of
displacement and force at a given cyclic amplitude [21].
The effective stiffness is determined using the secant
stiffness, where Pi= peak load of each cycle; and△ i=
relative displacement.

Ki =

+ Pi + - Pi

+D i + -D i

(1)

Specimen No.
K1

R2/R1
0.896

R3/R2
0.986

K2
0.925
0.964
Notes: R1、R2、R3 denotes the lateral load of first load
cycle and the subsequent two load cycles at a given
displacement amplitude, figures in this table are average
values of different displacement levels.
Table.3 Shows that all strength degradation factors are
greater than 0.89, which indicate strength degradated
slightly for chuan-dou wood frame, which consistent with
experimental phenomenon.When the first excursion of the
given cyclic amplitude is reached, the mortise and the
tenon of joints squeeze each other tightly and are
permanently deformed, and there is less plastic
deformation occurring between the mortises and tenons
on the next cycle at the same cyclic amplitude. As the
second and third hysteretic loops of specimens almost
over-lapped, for both specimen, strength degradation
factors R3/R2 are greater than 0.964.
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4.5 Energy dissipation
Energy dissipation is measured by the area enclosed by
the load–displacement hysteretic loop (shown in Fig. 19).
The accumulated area of hysteretic loops reflects the
amount of energy dissipation. The larger the hysteretic
loop, the better the energy dissipation capacity of a
structure. The energy dissipation capacity, which is
denoted by the effective viscous damping factor, is an
important index to evaluate the structural seismicresistance capacity. The effective viscous damping factor
is expressed as

he =

1 S ABC + S ADC
2p SOBE + SODF

(2)

where he is the energy dissipation factor of structure,S abc
is the area enclosed by the curves of a–b–c, Scda is the area
enclosed by the curves of c–d–a, Sobe is the area enclosed
by the polyline of o–b–e and Sodf is the area enclosed by
the polyline of o–d–f, as shown in figure. 22.

carrying capacity. For Chuan-Dou style wood structure,
the yielding point can not be defined through the skeleton
curves, relevant researches conducted by Xie and Lu also
pointed out this phenomenon [4,8]. So, the concept of
deformation capacity was employed in this paper, both
specimens K1 and K2 loaded at the maximum
displacement of 250mm, which means the storey drift to
height ratio reach 1/10, which is significantly greater than
the Chinese code limit of 1/30. Experimental results
proved Chuan-Dou style wood frame have great
deformation capacity.
4.7 Aseismic mechanism
Experimental phenomenon and experimental results
shows that the mechanical behaviour of chuan-dou style
wood frame is dominant by its joint behaviour. Hysteretic
curves for mortise and tenon joints and chuan-dou wood
frames were quit similar, as shown in figure24 and
figure.25, frame experienced same mechanical stages as
joints.
Figure.26 shows that joints dissipated most of the inputted
energy, for specimen K1, the percentage of total input
energy dissipated by joints ranging from 24.50% to
58.19%, energy dissipated by joint is more than tested
data, which because of the measurement error during
test .The Synchronization of joint behaviour and frame
behaviour, and the energy dissipate pattern both proved
that the seismic performance of chuan-dou wood frame is
depend on its joint performance.

Figure 22: Lateral force–displacement hysteretic loop
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Figure 24: Hysteretic curves for mortise and tenon joint
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Figure 23: Effective viscous damping factor

Figure.23 shows he ranging from 0.36 to 0.11, and it drops
off gradually when cyclic amplitude increased. he drops
when displacement increase, because of the gap
development of mortise and tennon joint. After each load
cycle, local deformation developed around joint zone,
which introduce large joint slippage, further more
introduced lengthened zero stiffness stage to wood frames.
4.6 Deformation capacity
The ductility index is usually used to evaluate the seismic
performance of a structure. It can indicate the plastic
deformation capacity of a structure with adequate load-

Figure25: Hysteretic curves for wood frame （p-△ effect
considered）
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Figure 26: Energy dissipated by joint

5 CONCLUSIONS
This paper presents the experimental study of two full
scale, one story, two-bay Chuan-Dou style wood frame
specimens. The following conclusions can be drawn from
the observations of the experimental phenomena and the
analyses of the results:
(1) Specimens loaded to displacement of 250mm, both
frames not yield, and can still carry more lateral load
until that displacement level.
(2) The seismic performance of Chuan-dou wood frame
is dominant by its joint performance, wood frame
behaves Synchronized with mortise and tenon joint.
Joint dissipated most of the input energy.
(3) All strength degradation factors at different
displacement level are over 0.89, which indicate
Chuan-dou style frame and its joint have great
capability to maintain its strength.
(4) The lateral stiffness of chuan-dou style wood frame is
significantly lower than steel and concrete structure,
which is consistent with the after shock census. The
most frequently found failure modes for chuan-dou
style wood structure is partial leaning or overall
leaning.
(5) Based on this study, strengthening methods about this
type of structure should be focus on increasing its
lateral stiffness, especially the joint stiffness.
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EARTHQUAKE RESPONSE ANALYSIS OF TRADITIONAL TIMBER
GATE OF HIGASHI-HONGANJI TEMPLE BASED ON 3D ANALYTICAL
MODEL
Shinta Yoshitomi, Kyosuke Mukaibo2, Hideaki Tanahashi3, Yoshiyuki Suzuki4
ABSTRACT: It has been pointed out that Japan will have severe earthquakes in the near future and it is required to
estimate the earthquake resistant performance of existing traditional timber structures. There have been many
researches to propose mechanical models of traditional wooden joints. However, the validity of whole structural model
that consists of such mechanical models is not examined sufficiently. In this paper, 3D frame structural model of the
traditional wooden gate structure, Higashi-honganji Goei-do Mon, is constructed and the structural performance of the
gate is evaluated through eigen value analysis, static response analysis and earthquake response analysis.

KEYWORDS: traditional timber structure, 3D frame structural model, beam-column joints

1 INTRODUCTION 123
It has been pointed out that Japan will have severe
earthquakes in the near future. Therefore, it is an urgent
problem to estimate the seismic performance of existing
traditional timber structures which are irreplaceable in
terms of historic and cultural value.
Recently there have been many researches on seismic
performance of traditional timber structures in Japan.
One of the characteristic points of Japanese traditional
timber structure is the column-beam joints, which are
constructed without metal fasteners and possess complex
force resistance mechanisms due to the embedment
mechanism. It is a basic process to estimate the
structural performance of traditional timber structures
not analytically but experimentally. In most of the
related previous researches, quasi-static experimental
tests are conducted and structural performances are
examined about a variety of force resistance elements, i.e.
column, beam, wall and column-beam joint and so
on[1,2].
Compared to these detailed researches about force
resistance timber elements, the validity of the structural
modelling of timber structures for response analysis has
not been discussed sufficiently. In order to perform a
time-history response analysis timber structure is usually
modelled as a shear building model which has one

degree of freedom for each story or for the whole
structure. In this paper, a 3D frame structural model is
constructed for a traditional timber gate structure of
Higashi-honganji temple in Kyoto (Figure 1) to examine
the static and seismic performances.
The validity of the constructed frame model is
demonstrated by comparing static and dynamic
responses of the actual structure and those of the
structural model.
Although this gate structure has few force resistance
elements and seismic reinforcement is necessary,
additional shear walls are not desirable to ensure the
convenience of visitors and to keep the cultural value as
an important cultural asset. Therefore a unique seismic
reinforcement method is employed which utilize external
stairs as vibration control devices by inserting highdamping rubber damper under the external stairs. The
effect of this reinforcement method is demonstrated by
using time-history analysis of the proposed 3D model.
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Figure 1: Target traditional timber gate structure
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2 3D model of timber gate structure
Figure 2 shows the elevations of the target structure
which is two storied timber gate with few walls. This
gate structure has rudders only in the longitudinal
direction. To perform the static and dynamic response
analyses, this gate structure is modelled by using line
elements which are placed between nodes.
One of the characteristic points of typical Japanese
traditional timber structures is a connecting joint without
metal stiffener. Figure 3 shows the outline of modelling
of joints. As for the connecting joints such as Figure 3
(a) or (b) in which one member is placed on the other
member, the connecting pivot has little effect of
transferring bending moment. Therefore, for this kind of
joints two members are connected by rigid element
which is effective not in the rotational directions but in
the translational directions. As for the connecting joints
such as Figure 3 (c), the connecting member which is
inserted through the column has a resist-moment
mechanism [1]. Therefore, for this kind of joints two
members are connected by spring element which is rigid
in translational directions and has finite stiffness only in
rotational directions.
Figure 4 shows the constructed 3D frame model with
about 4500 nodes and 4000 elements. Figure 5 shows the
skeleton curve of load deformation relationship of each
load bearing elements with bi-linear slip hysteresis rule.
Non-linear elastic element with negative stiffness is used
for column rocking. Young’s modulus is 9000N/mm2.

node
Pin-connection
Connecting spring
Rigid connection

(a)
(b)
(c)
Figure 3: Outline of modelling of joints

Figure 4: 3D frame model
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Figure 2: Target traditional timber gate structure

0

20

40

60

Displacement (mm)

(b) Column rocking
Figure 5: Skeleton of load bearing elements
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Table 1 shows the sectional sizes of each member. The
sectional shape of column is circle and those of other
elements are rectangle. Table 2 and Figure 6 show the
area to set roof loads. A specific gravity of member is
set to be 4.9kN/m3. These loads are converted into node
masses (Figure 7).
Table 1: Member sectional size
lower story
member

size(mm)

size(mm)

upper story

width depth

member

width depth

kouryou

480

714

ashi-gatame

510

660

kabuki

390

660

obiki

360

570

kashira-nuki

360

570

neda

240

318

daiwa

714

270

daiwa

660

225

koshi-nuki

300

480

atama-tsunagi

363

402
690

uchinori-nuki

225

405

doi-geta

660

jifuku

300

510

nakasikiri-bari

600

600

doi-geta

630

720

usibiki-bari

660

660

nakasikiri-bari

570

570

kioi-hanegi

450

480

usibiki-bari

630

720

kioi-hanegi osae

480

480

ushikubi

510

570

kayaoi-hanegi

300

390

kioi-hanegi

450

600

kayaoi-hanegi uke

405

420

kioi-hanegi osae

570

540

kayaoi-hanegi makura

435

444

kayaoi-hanegi

270

420

shojyu-hari

285

360

kayaoi-hanegi uke

420

285

hasami-bari

270

360

doiban

510

630

nijyu-bari

240

360

makura

300

300

nomunagi

150

150

kabe-tsuka

480

240

tenjo-geta

270

270

tsuka-fumi

540

510

maru-geta

288

414

circular column

792

792

doiban

660

420

tsuka

240

240

moya-tsuka

150

150

tsukafumi

420

420

circular column

705

705

Table 2: Roof loads
roof 1 roof2
2

load(kN/m )

4.4

4.8

Figure 7: Node mass

3 COMPARISON WITH ACTURAL
STRUCTURE
In this chapter the validity of the 3D analytical model as
explained in chapter 2 is examined by comparing the
actually recorded response data and the results of timehistory analysis and static analysis of the proposed
model.
3.1 SEISMIC HORIZONTAL RESPONSE
In this section, seismic horizontal responses are
compared between 3D model and actual gate structure.
As shown in Figure 8, several seismometers are set in
and under this traditional timber gate to record seismic
horizontal ground motions and structural horizontal
responses at each height. Figure 9 presents the actually
recorded seismic ground acceleration and response
acceleration at top roof level when an earthquake
occurred on April 13th 2013.
Some dynamic response analyses are performed for the
actually recorded seismic ground motion in Figure 9(a).
Three different models, i.e. model A, B and C, are used
to examine the effect of damping and stiffness of the
model. Model A has 15 % damping ratio. Model B has
3% damping ratio. Model C has different bending
stiffness of columns from model A in the lower story.
Model C is set in order to examine the effect of
decoration parts between beams as shown in Figure 10
as a rigid element to increase the bending stiffness of
columns.

Figure 8: Location of seismometer
Figure 6: Area of roof load

indicates that model B overestimates the maximum
responses and model C has almost the same responses
with model A. As noted above, appropriate damping
ratio to estimate maximum responses depends on
response revel. This may be caused by the insufficiency
of the employed damping and hysteresis rule to express
the well-known displacement dependent characteristics
of damping and stiffness of timber structures. More
examination is necessary to clarify this point.

Time (s)

Acceleration (cm/s2)

(a) Ground acceleration
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(b) Response acceleration at top roof level
Figure 9: Actually recorded acceleration
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(a) Model A (with 15% damping ratio)
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(b) Model B (with 3% damping ratio)
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(c) Model C (with rigid decoration elements)
Figure 11: Simulated response acceleration
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Figure 10: Decoration between beams
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Figure 11 presents simulated time-history responses of
model A, B and C at the top roof level. Comparison of
Figure 9(b) and Figure 11 indicates that 3D frame
models can estimate time-history response of actual
structure qualitatively. However, it should be noted that
responses of model A and C show good correspondence
with that of actual structure in rather large response
range while a response of model B shows a good
correspondence with that of actual structure in rather
small response range.
Figure 12 presents comparisons of simulated response
and actually recorded responses at each seismometer
levels. Figure 12 shows a good correspondence between
maximum responses of model A and actual structure
both for acceleration and displacement. This figure also
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(b) Maximum displacement
Figure 12: Comparison of simulated and recorded response
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3.2 EIGEN MODE ANALYSIS
Eigen mode analysis is performed to compare the natural
frequency. Figure 13 shows simulated first and second
eigen modes of 3D frame model. They correspond to the
first modes of longitudinal and transverse direction.
This figure indicates that horizontal movement without
torsion is dominant in the first mode and roof movement
in the vertical direction is also included.
As for the simulated natural period in longitudinal and
transverse direction, the first one is 0856s and the second
one is 0.849s, respectively. These natural periods are
shorter than those of actual structure, i.e. 0.94s and 1.11s,
respectively, which are estimated from actually recorded
response. This difference may be partly due to high
initial stiffness of analytical model.

Figure 15 shows bending moments of every element and
the roof elements in the first story. This figure indicates
that beams near the column possess larger bending
moment than other elements at the middle point of the
beam.
As for the actual structure, clacks are observed at the
middle point of beams No.3 and No.11 as shown in
Figure 16(a). These points correspond to the points
where large bending moment is predicted from the result
of static analysis. This fact indicates the validity of the
constructed 3D frame model.

3.3 STATIC VERTICAL RESPONSE
Static analysis is performed for vertical static load.
Figure 14 represents the deformation and vertical
reaction forces. The roof edge of the lower story
presents the maximum vertical displacement about
2.5cm. This value is rather small because of many roof
beams with large sectional size. This figure also
indicates that each column supports almost the same
weight from 750kN to 854kN and weight balance is
desirable for static vertical load. Furthermore, weight
plays important role for the seismic performance of
traditional timber structures which have column rocking
effect as shown in Figure 5(b) due to large sectional size
of columns. Therefore, each column of this structure has
almost the same force resistance performance and this
fact contributes the seismic performance.

(a) First mode (T1:0.856s)

Figure 14: Static vertical deformation and reaction force

(a) Whole frame

(b) Roof of first story
(b) Second mode (T2:0.849s)
Figure 13: Eigen mode

Figure 15: Bending moment
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Furthermore, it should be noted that these points possess
large shear force not only for the vertical static load but
also for the horizontal seismic ground motion input as
shown in Figure 16(b). It is related to the result that
even a horizontal input ground motion causes a large
vertical vibration of the roof of traditional timber
structure as shown in Figure 13(a).
Figure 17 presents the force resistance mechanism of
roof frame structure for vertical roof loads, which is one
of the characteristics of traditional timber temple
structures. In this structural system, main roof beam is
supported by lower beam at a middle point of the main
beam. This structural system realizes to support heavy
roof as wide as possible without columns at the edge of
the roof by utilizing the axial forces of the columns of
upper story as a counter weight of the roof weight. The
advantages and risks of the complicated structural
system of traditional timber structure can be examined
by using 3D frame model.
1
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12 13

Figure 18 shows the result of maximum seismic
displacements of dynamic response analysis for 3 sever
earthquakes in Figure 18. ‘BCJ-L2’ indicates an
artificial earthquake by Building centre of Japan[3].
‘Notf’ indicates an artificial earthquake based on the
notification of the Ministry of Construction of Japan [4].
‘JMA Kobe’ indicates an actual earthquake recorded
during the 1995 Kobe earthquake. Although the first
story with few walls shows larger displacement, it is
almost under the allowable safety limit (1/20rad).
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Figure 18: Input ground acceleration
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Figure 16: Observed clack points and seismic shear force
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Figure 17: Force resistance mechanism for vertical load
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Figure 19: Dynamic response
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5 SEISMIC REINFORCEMENT USING
EXTERNAL STAIRS AS VIBRATION
COTNROL DEVICES

800

In order to improve the seismic performance of the gate
structure, a unique method is employed which utilizes
external stairs as seismic reinforcement devices. In this
chapter, the effect of this method is examined by using
the previously constructed 3D frame model.
Figure 20(a) shows the modified 3D frame model
including two external stair structures in the longitudinal
direction. As presented in Figure 20(b), shear rubber
dampers are installed under the stairs which are
supported by rigid devices and effectively work only for
the horizontal shear deformation in the longitudinal
direction. The top sides of these stairs are set on and
connected to the gate structure with connecting elements
which are effective not for tensile force but for
compressive force. Therefore, these stairs works only
for compressive direction. In order to express this
phenomenon these connecting points are modelled as
compressive springs. Furthermore, vertical tie rods are
installed to prevent the uplift of the stairs when the stairs
are pushed by the gate structure. Figure 21 shows the
force-displacement relationship of rubber damper
installed under the stairs. This damper is expected to
dissipate input energy and decrease the seismic response
of the structure.
Time-history response analyses are performed for the
three input seismic ground accelerations ‘JMA Kobe’,
‘BCJ-L2’ and artificial earthquake ‘Hanaore’
considering ground characteristics near the site (Figure
22). Figure 23 represents the effect of retrofitting to the
reduction of seismic response displacement.
If
maximum response displacement decreases by applying
seismic reinforcement, the horizontal value is less than
1.0.
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Figure 21: Force displacement relationship of rubber damper
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(a) Whole structural model with stairs
Compressive spring
(supporting point of stairs)
Compressive spring
(connecting element)
Reinforced beam
(1200x180)
Rubber damper

Tensile spring
(Tie rod)

(b) Outline of modelling of stair structure with rubber damper
Figure 20: Reinforcement using external stairs as damper

It should be noted that although this seismic
reinforcement method can decrease the maximum
response displacement for ‘Hanaore’ and BCJ-L2’, this
method increases slightly the response for ‘JMA Kobe’.
It may partly be caused by the change of the natural
period due to the high stiffness of the rubber dampers.
In general, the effect of additional dampers should be
examined carefully when dampers have high stiffness.

6 CONCLUSION
In this paper, 3D frame model of traditional timber gate
structure of Higashi-honganji temple is constructed to
estimate static and seismic performance. By comparing
horizontal or vertical responses of actual and modelled
structure, the validity of the 3D model is demonstrated.
By performing time-history response analysis it is
confirmed that this gate structure almost satisfy the
safety limit for typical sever earthquakes. Furthermore,
the effect of the seismic reinforcement method using
external stairs as reinforcement devices is examined by
using this model.

WCTE 2016 e-book | 4087

ACKNOWLEDGEMENT

This research is enforced as part of effort of seismic
research committee of Higashi-honganji. I would like to
show my greatest appreciation to the support of the
committee.

REFERENCES

[1] I. Tsuwa, K. Kato, M. Koshihara: Shaking Table
Test of Traditional Timber Frames Including
Kumimono : Part 2 Modeling of horizontal
resistance force and the anal, Summaries of
technical papers of Annual Meeting Architectural
Institute of Japan, C-1:45-46, 2008. (in Japanese)
[2] Tanahashi, H. and Suzuki, Y.: Embedment
mechanism and formulation of major types of
traditional wooden joints in Japan, 15th WCEE,
Lisbon, Portugal, Sep. 2012.
[3] The building center of Japan: Artifitial ground
motion by BCJ, http://www.bcj.or.jp/download/
wave.html (in Japanese)
[4] The Ministry of Construction, Japan: Notification
No. 1461 of the Ministry of Construction / May 31,
2000, Stipulation of criteria for structural
calculations performed to confirm the safety
from the perspective of structural capacity of
high-rise buildings. (in Japanese)

WCTE 2016 e-book | 4088

DEVELOPMENT AND APPLICATION OF SEISMIC REINFORCEMENT
DESIGN METHOD FOR TRADITIONAL WOODEN HOUSES IN HEAVYSNOW REGIONS BY TAKING ADVANTAGE OF STRUCTURAL FEATURES
Eisuke Sato1, Kyosuke Mukaibo2 and Yoshiyuki Suzuki3
ABSTRACT: In Japan, a large number of traditional wooden houses still exist and make regionally distinctive
townscape. Among them, the houses built in urban areas are called "machiya". Based on structural detailed
investigations, it is pointed out that traditional wooden houses have some problems on seismic performance, especially
in heavy-snow regions. Therefore, it is necessary to develop a seismic reinforcement design method suitable for
machiya-houses by considering snow load. In this paper, as examples, machiya-houses in Takayama City, Gifu pref.
specified heavy-snow region were investigated to clarify structural features of machiya-houses. As a case study, the
seismic reinforcement design for a typical two-storied machiya is indicated. The proposed seismic reinforcement design
method in heavy-snow regions is useful and reasonable by taking advantage of structural features on traditional wooden
houses.

KEYWORDS: Traditional wooden houses, seismic reinforcement method, seismic performance, heavy-snow region,
Takayama-machiya

1 INTRODUCTION 123
In Japan, there are a large number of traditional wooden
houses which are called “machiya”, and they make
historically regional distinctive townscape. Many of
machiya-houses are still used now, but they have some
problems on seismic performance, especially in heavysnow regions. Therefore, it is necessary to develop a
seismic reinforcement design method suitable for
machiya-houses in heavy-snow regions.
A lot of traditional wooden houses, “machiya-houses”
are remained in Takayama City, Gifu pref. specified
heavy-snow region. To develop the seismic
reinforcement design method for machiya houses
considering snow load, structural surveys of machiyahouses in Takayama City were performed, and the
seismic performances of “Takayama machiya-houses”
were examined by approximate response analyses [1, 2].
In this paper, structural features of “Takayama machiyahouses” are clarified by the structural surveys, and the
seismic performance is examined by considering the
structural features as well as the snow load. A seismic
reinforcement design method suitable for “Takayama
machiya-houses” is proposed.

2 STRUCTURAL FEATURE OF
MACHIYA-HOUSES
As the structural features of machiya-houses in

Photo 1: Facade of machiya-house

1
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2 Kyosuke Mukaibo, Assistant professor, Tottori University,
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3 Yoshiyuki Suzuki, Professor, Ritsumeikan University, Japan,
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Photo 2: Large open ceiling space and penetrating tie
beams arranged visible from the front of walls
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Takayama City, these buildings usually are two-storied
and have a gable roof as shown in Photo 1. The planar
figure is small in width and deep in depth. The entrance
is constructed parallel to the ridge of the roof. Bearing
mud-walls are arranged both sides in the depth direction
(X-direction), but there are almost no walls in the width
direction (Y-direction) especially in the first floor. In
these buildings, columns are just put on base-stones
without fixing base-stones.
As the interior features of the building, a large open
ceiling space is constructed in the core of the building,
and penetrating tie beams of large cross-section size are
arranged visible from the front of wall, as shown in

As a case study, the seismic performance evaluation for
a typical two-storied machiya-house is indicated. The
floor plan and framing elevation of the house are shown
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in Figures 1, 2. Figure 2 shows also structural framing
details. The size of the house is 6.1 m in width and 11 m
in depth. The building weight without snow load of the
house is 165.3kN (1F:99.0kN, 2F:66.3kN). The building
height is 4.0 m (1F:2.35m, 2F:ave. 1.65m) [Table 1].
The floor space is 123.55 m2 (1F:71.98 m2, 2F:51.57 m2).
The area of dwelling part in the first floor is 15.45 m2.
The area of open ceiling space which is a notable feature
of “Takayama-machiya” is 15.69 m2.
This house was built in about 140 years ago. In this area
specified as the Important Preservation Districts for
Groups of Historic Buildings by the Agency for Cultural
Affairs, most traditional wooden houses built more
hundred years ago and still used continuously.

snow is over 1.2m and the snow load per unit area is
over 30N/m2/cm at urban areas in Takayama City.
However, the snow load is reduced 0.35 times from its
original load S in case of the seismic performance
evaluation [3].
3.3 SEISMIC DIAGNOSIS
3.3.1 Building weight
The building weight and snow load for response
calculations are shown in Table 2. The building weight
considered snow load is 264.9kN (1F:102.3kN,
2F:162.6kN) and increases 60% (1F:3%, 2F:145%) by
the snow load. Therefore, the consideration of snow load
is required in the seismic performance evaluation. The
seismic performance of the present house is evaluated by
an approximate response analysis [2].

3.2 CRITERIA OF SEISMIC PERFORMANCE
The seismic performance is evaluated in two stages.
Firstly, the damage of building is verified for moderate
earthquakes which rarely occur. Secondly, the safety of
building is verified for major earthquakes which are
extremely rare. As the criteria of seismic performance
for traditional wooden structures, the damage limit
storied deformation angle is 1/90rad for moderate
earthquakes, and the safe limit storied deformation angle
is 1/20rad for major earthquakes. However, in the case
that the snow load is considered, the safe limit storied
deformation angle is 1/15rad.
According to the ordinance of Gifu Pref., the depth of

3.3.2 Restoring force characteristics
The main seismic resisting elements of the building are
mud walls and column-beam joints. Each restoring force
characteristics are as follows.
1) Mud walls
Mud walls have 3 types of forms, full-scale wall,
hanging wall and spandrel wall. These mud walls serve
as shear resistance elements. The thickness of the mud
wall is 30mm in the walls on both sides in the depth
direction, and 60mm in other walls. The restoring force
characteristic of full-scale mud wall is determined from
X1

Table 1: Building overview
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Figure 3: Calculation of building weight
Table 2: Building weight and snow load for response calculations (Present)
Snow load 0.35S
[kN]
Snow depth : 1.2m

Live load P
[kN]

Dead load G
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Load for response calculation [kN]
Snow depth : 0m
G +P

Snow depth : 1.2m
G +P +0.35S
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Figure 4: Restoring force characteristics (Present)

0.10

the experimental results, and those of mud hanging wall
and spandrel wall are determined numerically as series
of shear deformation of the mud walls and the bending
deformation of the columns [2].
2) Column-beam joints
Column-beam joints have 3 types of locations, both ends
of columns, both sides of beams and penetrating tie
beams arranged visible from the front of walls. The
restoring force characteristic of each end of column is
determined as mainly embedment between tenon and
horizontal beam [2]. The restoring force characteristics
of both sides of beams and penetrating tie beams
arranged visible from the front of walls are determined
as mainly embedment between beam and column [2, 4].
In particular the restoring force characteristics of mud
wall having penetrating tie beams arranged visible from
the front of wall are determined as the sum of each the

SA(cm/s2)
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Figure 5: Response acceleration spectra

restoring force characteristic of mud wall and
penetrating tie beams [4].
The restoring force characteristics used in the response
analysis are obtained by adding each the restoring force
characteristic of seismic resisting element in the

Table 3: Results of response calculations (Present)
Moderate earthquake
Snow depth : 0m
Snow depth : 1.2m
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0.769
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directions X and Y. The restoring force characteristics
are shown in Figure 4. The mud walls have a large
contributing influence on the strength of the building, the
column-beam joints contribute to the ductility of the
building. Above all, the mud walls have a large effect on
the whole restring force characteristics.

spectra used for the calculation are arranged for
moderate and major earthquakes, respectively, as shown
in Figure 5. The approximate response analysis is also
based on incremental deformations of the first and
second storied deformations.
At each step of approximate response calculation under
the incremental deformation of the first storied
deformation, the original structural nonlinear hysteretic
system is converted approximately to equivalent
linearized system, and the second storied deformation is
determined by the convergent calculation so that the first
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An approximate response analysis used herein is based
on the response spectrum analysis and equivalent
linearization technique. The response acceleration

115×115

W3s
1818
X4

X5

W1:Mud wall(t=60)

HW:Mud hanging wall(t=60)

W2:Mud wall(t=30)
W3s:Dry mud panel wall(single)

SW:mud spandrel wall(t=60)
WW:Wood panel wall

W3w:Dry mud panel wall(double) NW:Non structural wall

a) 1st Floor

b) 2nd Floor

Figure 7: Floor plan (Reinforced)

1817 909943

2770

X4

▼1FL
▼GL
1385 1385
2770

1212
1817 909943

1818
1820

1820

Y2

Y3

eaves height
1230
▼2FL

1820

10
2.8

2770

Y2

Y3

1818
1820

3141

1650

Y2

Y3

910920

2490

1830

1820

1817 909943
4544

【Y4 framing elevation】
Y1

Y4

Y2

Y3

Y4

Penetra ting tie beam
in fron
n t of wall

300 2050
2350

1530 960

1820
10954

Y1

Y4

300 2050
2350
1830

X5

10

1385 1385

2136

1650

1359

▼1FL
▼GL

X4

▼1FL
▼GL

▼RL

▼2FL

X3

【Y3 framing elevation】
Y1

Y4

▼Ave. of eaves height

2.6

▼Ave. of

4544

10954
Y1

300 2050
2350 1650
4000
1504
5504

1359

eaves height
1230

▼2FL

X2

▼RL

1941

2.6

▼Ave. of

X1

10
2.8

10

【Y2 framing elevation】

10954

X5

▼RL

1817 909943
4544

90×30
1650

X3

1820

1941

X2

1818
1820

【Y1 framing elevation】

10954
X1

1385 1385

4544

1580 910

910920

2490

1830

1820

300 2050
2350

1820

450

1818
1820

1650

2770

▼1FL
▼GL

300 2050
2350

1385 1385

eaves height
1230
▼2FL

300 2050
2350 1650
4000
1504
5504

▼1FL
▼GL

10
2.8

2.6 10

▼Ave. of

：Non structural wall

1941

300 2050
2350 1650
4000
1504
5504

1941

1359

eaves height
1230

▼2FL

▼RL

10
2.8

2.6 10

：Wood panel wall
X4
X5

1951

▼RL
▼Ave. of

：Dry mud panel wall
X1
X2
X3

X5

1359

X4

1359

X3

1111 180

X2

300
2350 1650
4000
1504
5504

：Mud wall
X1

1580 910

910920

2490

1830

6140

6140

6140

【X1 framing elevation】

【X2 framing elevation】

【X4 framing elevation】

Figure 8: Framing elevation (Reinforced)

1580 910
1820

2490

6140

【X5 framing elevation】

WCTE 2016 e-book | 4093

and second storied deformations match by using the
modal analysis of equivalent linearized system.
3.3.4 Results of response analysis
The results of response analyses for moderate and major
earthquakes in the directions X and Y are shown,
respectively, in Table 3 and Figure 6. It is found that the
present house does not satisfy the criteria of seismic
performance, and the house is, especially, at high risk of
collapse during major earthquakes in the presence or
absence of snow load. Therefore, the seismic
reinforcement is needed to improve the seismic
performance of the house.

4 SEISMIC REINFORCEMENT
4.1 DESIGN METHOD OF SEISMIC
REINFORCEMENT
To improve the seismic performance, a seismic
reinforcement design method suitable for the traditional
wooden house is developed by taking account of heavy
snow load. Improvements of the restoring force
characteristics of the house are required. Specifically,
some increases of the bearing force and the improvement
of deterioration characteristics at large deformation
range as shown in Figure 4 are considered. It is also
important to make better balance of the response
deformation at each story by considering the snow load.
Here, dry mud-panel walls and reinforced wood panel
walls are adopted as seismic reinforcement elements.
They have high earthquake-resistant performance and
superior large deformability. In addition, their weights
are light and the total weight of the house can be reduced
by changing the heavy mud-walls to them. The criteria
of seismic performance for reinforcement design is same
as the seismic diagnosis in Section 3.1.

4.2 RESTORING FORCE CHARACTERISTICS
OF SEISMIC REINFORCEMENT ELEMENTS
The restoring force characteristics of dry mud-panel wall
and reinforced wood panel wall used as seismic
reinforcement elements are as follows: The restoring
force characteristics of dry mud-panel wall are based on
the references [5]. The dry mud-panel wall have notable
features that its strength is large and its strength
reduction after the maximum strength is smaller as
compared with the usual mud wall. Further, it is possible
to adjust the strength by attaching the panel on single
side or double sides of wall. In this the seismic
reinforcement, a combination of single and double
attachments is adopted. The restoring force characteristic
of reinforced wood panel wall is determined mainly as
embedment between the wood-panel and tie-beams. The
reinforced wood panel wall increases the strength even at
large deformation range, and greatly contributes to the
improvement of ductility.
4.3 SEISMIC PERFORMANCE EVALUATION
AFTER REINFORCEMENT
The floor plans and structural framing elevations of the
reinforced house by the seismic reinforcement design are
shown in Figures 7, 8. The building weight and snow
load for response calculations are shown in Table 4. By
changing the part of mud walls to dry mud-panel walls,
the building weight is reduced by 4.0% (1F:2.2%,
2F:6.7%). By rearranging properly seismic elements, the
eccentricity of the house is also improved. The
eccentricity ratio at each story and direction becomes
less than 0.1. The restoring force characteristics of the
reinforced house at the first and second stories and in the
X and Y directions after the seismic reinforcement are
shown in Figure 9. The maximum strengths are
improved over all at each story and in each direction. In
particular, the strength at the first story in the Y direction

Table 4: Building weight and snow load for response calculations (Reinforced)
Dead load G
[kN]

Snow load 0.35S
[kN]
Snow depth : 1.2m

Live load P
[kN]

Load for response calculation [kN]
Snow depth : 0m
G +P

Snow depth : 1.2m
G +P +0.35S

2nd story

61.9

0.0

96.3

61.9

158.2

1st story

65.9

30.9

3.3

96.9

100.2

2nd+1st

127.8

30.9

99.6

158.8

258.4

200

Q(kN)

1st story
2nd story

160

200

120

80

80

0
0.00

R(rad)
0.02

0.04

0.06

0.08

a) X direction (depth direction)

0.10

1st story
2nd story

160

120

40

Q(kN)

40
0
0.00

R(rad)
0.02

0.04

0.06

0.08

b) Y direction (width direction)

Figure 9: Restoring force characteristics (Reinforced)

0.10
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becomes greater. It is also improved the balance of
strengths at the first and second stories. The utilization of
dry mud-panel walls and reinforced wood panel walls
improves toughness and deformability of the house after
the maximum strength.
4.4 RESULTS OF RESPONSE ANALYSIS
The approximate response calculations after the seismic
reinforcement are carried out for moderate and major
earthquakes in the same way as the seismic diagnosis.
The results of response analyses are shown in Table 5
and Figure 10. By the seismic reinforcement design, the
maximum response deformation at each story and in
each direction is satisfied with the criteria of seismic
performance, regardless of the presence or absence of
snow load. By adding seismic reinforcement elements at
the first story in the Y direction, the balance of the

maximum response deformations in the X and Y
directions is improved, and the balance of the maximum
response deformations at the first and second stories is
also improved.
The proposed seismic reinforcement design method is
technically feasible, structurally reasonable, and is
introduced into the original manual of seismic
reinforcement design for traditional wooden structures in
Takayama City [6].

5 CONCLUSIONS
Based on the structural detailed investigation of Japanese
traditional wooden houses, so-called “machiya” in
heavy-snow regions, the structural features were
clarified, and the seismic performance evaluations were
carried out by using the approximate response analysis.

Table 5: Results of response calculations (Reinforced)
Moderate earthquake
Snow depth : 0m
Snow depth : 1.2m
0.379
0.596
5.00
5.00
1.50
1.50
1/ 428
1/ 196
1/ 970
1/ 260
1/ 364
1/ 175
OK
OK
0.441
0.726
5.00
5.00
1.50
1.69
1/ 315
1/ 131
1/ 860
1/ 252
1/ 263
1/ 107
OK
OK

Direction
Effective natural period T eq (sec.)
Damping factor h =h eq +h 0 (%)
Amplitude ratio of acceleration G s
Response deformation angle of SDOF (rad.)
2F response deformation angle(rad.)
1F response deformation angle(rad.)
Verification
Effective natural period T eq (sec.)
Damping factor h =h eq +h 0 (%)
Amplitude ratio of acceleration G s
Response deformation angle of SDOF (rad.)
2F response deformation angle(rad.)
1F response deformation angle(rad.)
Verification

X

Y

200

Restoring force characteristics

Q(kN)

200

Moderate earthquake
Major earthquake

160

120

80

80

40
0.00

0.02

0.04

Q(kN)

0.06

0.08

0.10

Moderate earthquake
Major earthquake

0

R(rad.)
0.00

0.02

0.04

0.06

0.08

0.10

b) Y direction (width direction) snow depth:0

snow depth:0

Restoring force characteristics
Moderate earthquake
Major earthquake

160

200

120

80

80

40

Restoring force characteristics
Moderate earthquake
Major earthquake

Q(kN)

160

120

0

Restoring force characteristics

40
R(rad.)

a) X direction (depth direction)
200

Q(kN)

160

120

0

Major earthquake
Snow depth : 0m
Snow depth : 1.2m
0.656
1.040
11.43
12.45
1.54
1.69
1/ 40.3
1/ 27.5
1/ 205.8
1/ 66.1
1/ 32.7
1/ 21.6
OK
OK
0.764
1.056
11.83
11.86
1.69
1.69
1/ 32.1
1/ 26.5
1/ 174.4
1/ 52.3
1/ 26.0
1/ 21.5
OK
OK

40
R(rad.)
0.00

0.02

0.04

0.06

c) X direction (depth direction)

0.08
snow depth:1.2m

0.10

0

R(rad.)
0.00

0.02

0.04

0.06

0.08

d) Y direction (width direction) snow depth:1.2m

Figure 10: Results of response calculations (Reinforced)

0.10
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As results, many of existing traditional wooden houses
were proved less than satisfactory performance in cases
of major earthquakes.
The seismic reinforcement design method for “machiya”
is, therefore, developed by considering the snow load.
An example of the seismic reinforcement design for
“machiya” in Takayama City is indicated by taking
account of heavy snow as well as structural features of
traditional wooden houses.
The proposed seismic reinforcement method is capable
of taking advantage of large ductility which is a typical
feature of traditional wooden structure. And the seismic
reinforcement plan does not spoil the distinctive design
of “machiya”. The proposed seismic reinforcement
design method is technically feasible and applicable to
other traditional wooden houses, especially in heavysnow regions.
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SEISMIC REINFORCEMENT FOR TRADITIONAL TIMBER GATE
UTILIZING EXTERNAL STAIRS
Kyosuke Mukaibo, Hideaki Tanahashi, Shinta Yoshitomi, and Yoshiyuki Suzuki
ABSTRACT: In this study, we propose seismic reinforcement method for Japanese traditional timber gate without
spoiling the convenience and the traditional appearance. The most unusual feature of our proposed method is in a point
of utilizing external stairs when inserting rubber dampers. We examine the proposed method by a shaking table test and
a numerical simulation. From the test and numerical results, we confirmed that inserting rubber dampers surely
increases the damping capacity, and getting off roof mud and adding timber walls also improve the seismic capacity.
KEYWORDS: Traditional timber building, Seismic reinforcement, Rubber damper

1 INTRODUCTION 123
In Japan, some of large temple have two-storied timber
gate which have built by traditional construction method
in hundreds years ago. Their seismic capacity is rarely
sufficient because of few shear wall and heavy roof
weight. However, considering the conservation of its
traditional appearance and the convenience of worshiper
and tourist, it is practically difficult to insert seismic wall
in an entry way. Other approach for improving seismic
capacity has been desired.
Figure 1 and 2 show elevation and plan view of the
traditional two-storied timber gate which we study in this
paper. The gate, called “Goeido-mon”, is located inside
the “Higashi honganji” temple grounds, and has been
built by traditional construction method in 1911.
External stairs are installed in north and south side to go
up to the second floor.
Recently, extensive repair project has been planned by
“Higashi honganji” temple, and seismic reinforcement
of the gate was incorporated as part of the repair project.
Based on structural detail investigation, it was pointed
out that seismic reinforcement is needed because of the
heavy tile-roofing and the lack of seismic resisting
element.
In this study, we propose seismic reinforcement method
for traditional timber gate without spoiling traditional
appearance and convenience. The gate has two stairs to
the 2nd floor in the north and south side as shown in
Figure 1. As the seismic reinforcement in the
longitudinal direction, we planned to insert damper units

into the joint between stairs and foundation, and between
stairs and timber frame. As the seismic reinforcement in
the transverse direction, we planned to add timber walls
to the existing ones. We examine the proposed method
by experimental and numerical way.

Figure 1: Elevation view and reinforcement position
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Figure 2: Plan view and reinforcement position
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2 CHARACTERISTICS OF
TRADITIONAL TIMBER GATE

3 EXPERIMENTAL EXAMINATION OF
REINFORCEMENT

2.1 STRUCTURE

3.1 SPECIMEN AND SETUP

The “Goeido-mon” gate has been built by the traditional
post-and-beam construction method. The seismic
resisting components of the 1st story are moment
resistance of column and beam joints and the restoring
force due to column rocking [1], and timber walls are
installed only in the transverse direction. The 2nd story
is relatively rigid because timber walls are installed in
both direction and floor height is lower than the 1st story.
The weights of tiled roof with mud base coat are
estimated 2650kN for upper roof, 1770kN for lower roof,
and the weight of residual timber member is estimated
7950kN.

To verify the effectiveness of the reinforcement utilizing
stairs and damper, we conducted shaking table test.

3.1.2 Stairs and dampers
Stairs and dampers are installed both side of the timber
frame as shown in Figure 6. Figure 7 and 8 show detail
drawing of the damper units. One piece of a damper unit
"Doi-geta" girder

(140×264)

Mid-wall tie beam (50×50)
(
)
Rainbow beam (50×100)

Floor tie beam (64×110)
(
)

380
200

Firstly, to reduce the weight and the inertia force, the
mud base coat of roof tile should be removed as much as
possible.
In the longitudinal direction, since we need to keep the
function of in-and-out access by worshipers and tourists,
we utilize the external stairs. By inserting damper units
into the joints of the stairs-foundation and stairs-gate as
shown in Figure 3, we aim to improve the strength and
the damping capacity. From the testing results described
in the following chapter, we adopted only damper units
underneath stairs.
In the transverse direction, we add timber walls to the
existing ones as shown in Figure 4.

2301
1990
1755
1580

2.2 SEISMIC REINFORCEMENT DESIGN
CONCEPT

3.1.1 Timber frame
The testing timber frame is constructed by Japanese
traditional method, and consists of four columns, main
beams called “Ushibiki-bari”, girders called “Doi-geta”,
and tie-beams. Figure 5 shows elevation view of the
testing frame. The size of the timber frame is 1.8×1.0m
in plan and 2.1m in height. The sectional sizes of
members are also shown in Figure 5. The columns are
Japanese cypress, “Uhibiki-bari” and “Doi-geta” are
Douglas fir, other beams are yellow cypress, and joint
connecting pins are oak.

300

1000

300

a) X direction
"Ushibiki-bari" beam (140×160)
(
)
Steel weight (58.9kN)

Figure 3: Photo of external stairs and sectional drawing
where red circles denote damper position (originally
planned)

"Doi-geta" girder (140~×264))
Tie beam

Mid-wall tie beam (550×50)

Existing timber wall

Column (φ147)

Wood shear connector
Inserted timber wall

Floor tie beam (64×110)
(
)
Base stone

Figure 4: Photo of existing timber wall and schematic
sectional drawing of inserted wall
800

1750

800

b) Y direction
Figure 5: Elevation view of timber frame in the shaking
table test
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"Nageshi" beam (165×150)
Upper damper unit

0
12

Stairs
97
15

60×100

Underneath
damper unit

270

X direction
72

392

0
12

192

consists of high-damping rubber and steel plates.
We stack each damper piece two or three stages
and lay out them in the plane to four or six
positions, as shown in Figure 7 and 8. The upper
damper units are attached to beams called
“Nageshi” of the frame by bolts, and the
underneath damper units are attached to the
shaking table. The underneath units are forced to
move only in the horizontal (X) direction. Steel
plates whose weight is 58.9kN attached on the
“Ushibiki-bari” as a mass. The total weight of the
specimen is 63.3kN. Figure 9 show the whole
picture and damper details.

a) Elevation view

1000
3.1.3 Input ground motion and test procedure
(3000×5000)
Shaking
table
(
)
As input ground motion in shaking table tests, the
strong earthquake motion recorded during the
1995 Hyogo-ken Nanbu earthquake (JMA Kobe
NS) and sinusoidal wave of 0.5Hz, 1.0Hz, and Underneath
Stairs
Stairs
1.5Hz were used. Increasing acceleration damper unit
amplitudes, the specimens are excited repeatedly.
The test schedule can be divided to four phases;
Phase 1: The damper pieces of the underneath
Base stone
units are put in the plane to six Y
positions + upper damper units,
Phase 2: The damper pieces of the underneath
X
units are put in the plane to four
positions + upper damper units,
b) Plan view
Phase 3: Removing stairs and dampers,
Figure
6:
Schematic
drawing
of testing set-up
Phase 4: Removing “Nageshi” beams.

1750

Underneath
damper unit

150

X direction

100

160

90
510
520

160

16 98 16

165

30
430

Steel plate

50

Figure 7: Detail drawing of underneath damper unit.
After the test series of Phase 1, we removed #3 and #4
pieces (Phase 2).

30

160

X direction

280

Each piece consists of high
damping rubber and steel plates

46

192

430
45

High damping rubber
9 6 6 9
12 46 46 46 12

46 6 46

６
50 50

５

466 46

180

４

Y direction

３

"Nageshi" beam

46 45 74

35
120 10 120 10 120

２

35

450

１

50

16 98 16

Y direction

9 65 9

Figure 8: Detail drawing of upper damper unit

Figure 9: a) Whole picture b) Underneath damper unit and fixing device c) Upper damper

WCTE 2016 e-book | 4099

3.2 TEST RESULTS

15

Table 1: Comparison of maximum story drift angle
subjected to JMA Kobe NS
Max. story drift angle [rad]
Phase 2
Phase 3
0.0082
0.0144
0.0232
0.0324
0.0361
0.0474
0.0447
0.0583

PGA
[cm/s2]
50
100
150
200

JMA Kobe

Reduction
ratio
57%
72%
76%
77%

Story shear force [kN]

0

-0.06

-0.04

-0.02

0

0

0.02

0.04

0.06

0.04

0.06

-5
-10
-15
Story drift angle [rad]

a) X direction
Phase 1
Phase 2
Phase 3
Phase 4

-0.06

-0.04

-0.02

20
15
10
5
0
-5

0

0.02

-10

b) Y direction
Figure 11: Comparison of envelope curve of restoring
force

15

200cm/s2

-0.02

5

-20
Story drift angle[rad]

5

-0.04

10

-15

10

-0.06

Story shear force [kN]

3.2.2 Maximum response and restoring force
Table 1 shows the comparison of maximum story drift
angle when the input motion is JMA Kobe NS wave.
The acceleration amplitudes were adjusted larger in
several stages, and the specimen was excited repeatedly.
Figure 10 shows the differences of resulting hysteresis
curve between phase 2 and 3. It is found that installing
the damper units resulted in enhancing shear strength
and stiffness and reducing the maximum story drift.

Phase 1
Phase 2
Phase 3

Story shaer force [kN]

3.2.1 Variation of natural frequency
The fundamental frequencies of the testing frame in the
X direction, observed in the white noise excitation
whose amplitude is 10cm/s2, are about 2Hz in the phase
1-2 and about 1.5Hz in the phase 3-4. In the Y direction,
the fundamental frequencies are about 1.2Hz in the
phase 1-3 and about 0.9Hz in the phase 4.

0

0.02

0.04

0.06

-5
-10

Phase 2
Phase 3

-15
Story drift angle [rad]

3.2.3 Damping performance
Figure 12 and 13 show the equivalent viscous damping
factor calculated using hysteresis loop area and secant
stiffness in the cases of sinusoidal wave excitation. The
x-axis is the maximum story drift in each loop. In the X
direction, the averages of the equivalent viscous
damping factors are; Phase 1: 22.6%, Phase 2: 17.5%,
Phase 3: 12.5%. In the Y direction, there is no
remarkable improvement of damping performance by
installing dampers.

Figure 10: Comparison of restoring force and story drift
angle relationship subjected to JMA Kobe NS 200cm/s2
Equivalent damping factor

Figure 11 shows the comparison of the envelope curve
of restoring force. In the X direction, we can see that the
shear strength is increased by installing the damper units
and the difference between phase 1 and 2 in 1/30rad-plus
deformation. In the Y direction, there are few differences
between phase 1, 2 and 3. Thus, the contribution of
“Nageshi” beam to the shear strength is relatively larger.
This seems to be because, since the section size of
“Nageshi” beam is relatively large compared to the
column section, the rotational embedment resistance of
column-beam joint is large. Another idea as the reason is
that the relative displacement of the upper damper unit is
not enough because of the torsional motion of the
underneath damper unit in the horizontal plane.

0.5
Phase 1

Phase 2

Phase 3

0.4
0.3

22-24%

0.2

17-19%

0.1
0

12-14%
0

0.01
0.02
0.03
Max. story drift angle in each loop [rad]

0.04

Figure 12: Equivalent damping factor in the X direction
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4 NUMERICAL STUDY ON EFFECT OF
REINFORCEMENT

Equivalent damping factor

0.5
Phase 1

Phase 2

Phase 3

Phase 4

0.4

4.1 NUMERICAL MODEL

0.3
0.2
0.1
0

0

0.02
0.04
Max. story drift angle in each loop [rad]

0.06

Figure 13: Equivalent damping factor in the Y direction
3.2.4 Relationship between story drift of the timber
frame and damper displacement
Figure 14 shows the comparison of the relative
displacement of the timber frame and the underneath
damper unit. The damper displacement is an average of
the right and left damper units. The damper displacement
is approximately 0.5 times to the frame displacement,
and most of the residual displacement is seemed to be
absorbed by the upper damper units. The horizontal,
vertical and rotational displacements, as shown in Figure
15, are observed at the upper damper units, and there are
slight clearances between the damper units and the stairs.
Thus, the frame displacement has been not totally
transmitted to the underneath damper units.

From the test results described in the previous chapter,
we consequently adopted underneath damper units in
addition to reducing the roof weight and inserting timber
walls as seismic reinforcement. To evaluate the effect of
seismic reinforcement, we also conducted numerical
simulation. The gate was idealized as a two-degree-offreedom system. Based on structural investigation of the
gate, we calculated its weight and the restoring force
characteristics [2].
4.1.1 Weight and height
Assuming that roof structure and layer of bracket
complexes are rigid [3], the weight and the story heights
of the numerical model were determined as shown in
Table 2 and Figure 16. The weight of roof tiles and mud
base coat has been estimated based on the measurement
of real samples. The weight of timber members has been
estimated by multiplying timber volume by timber
density (550kg/m3).
Table 2: Weights and story heights of the model
Weight (with mud
base coat)

Weight (without mud
base coat)

Story
heights

2F

6377kN

5690kN

4.280m

1F

5984kN

5592kN

7.454m

Relative displacement
of undernearth damper unit [mm]

120

-80

80
40

-40

0
-40
-80

0

40

80

120

JMA Kobe 150cm/s2
JMA Kobe 200cm/s2
Story drift of frame [mm]

Figure 14: Comparison of the relative displacement of
the timber frame and the underneath damper unit

Figure 15: Schematic diagram of horizontal, vertical
and rotational displacements observed at the upper
damper units

Figure 16: Weights and heights of the two-degree-offreedom system
4.1.2 Restoring force characteristics
The seismic resisting components of the “Goeido-mon”
gate are the bending moment resistances of tie beams,
the shear resistance of timber walls and the restoring
force due to column rocking. We have determined the
model parameter of these seismic resisting components
according to the reference [2]. The constitutive laws of
each component are shown in Figure 17, and their
parameters are shown in Table 3 and 4. The skeleton
curves of the restoring force are shown in Figure 18 and
19. Because of the limitation of the used software, we
could not consider a negative restoring force. Thus, the
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restoring force due to column rocking keeps zero value
in the range of the negative restoring force.
2000

Total (CASE0)
Total (CASE1)
Column rocking (CASE0)
Column rocking (CASE1)
Walls and joints

1750
Story shear force [kN]

1500
1250
1000
750
500
250
0

0

0.02

0.04
0.06
0.08
0.1
Story drift angle [rad]

0.12

a) 1st story

Story shear force [kN]

3000
2500

Total (CASE0)
Total (CASE1)
Column rocking (CASE0)
Column rocking (CASE1)
Walls and joints

2000
1500
1000

0.02

0.04
0.06
0.08
0.1
Story drift angle [rad]

2500

Total (CASE0)
Total (CASE1)
Column rocking (CASE0)
Column rocking (CASE1)
Walls and joints

Story shear force [kN]

2000
1500
1000
500
0
0.00

0.02

0.04
0.06
0.08
0.10
Story drift angle [rad]

0.12

a) 1st story
3000
2500
2000

Total (CASE0)
Total (CASE1)
Column rocking (CASE0)
Column rocking (CASE1)
Walls and joints

1500
1000
500
0
0.00

0.02

0.04
0.06
0.08
0.10
Story drift angle [rad]

0.12

b) 2nd story
Figure 19: Skeleton curves of the restoring force in the
transverse direction

βK

mm

a) Walls and joints

b) Restoring force due to
column rocking
Figure 17: Hysteresis constitutive laws of each resisting
component
Table 3: Model parameter of hysteresis constitutive laws
of walls and joints
1st story
2nd story
1st story
(except CASE4)
2nd story

K
[kN/mm]
3.35
12.6

0.15
0.25

3.35

0.38

500

8.9

0.24

1750



Fy
[kN]
500
2480

Table 4: Model parameters of hysteresis constitutive
laws of restoring force due to column rocking, same
value both in the longitudinal and transverse direction

0.12

b) 2nd story
Figure 18: Skeleton curves of the restoring force in the
longitudinal direction

αK
K

Software limitation: Negative
restoring force cannot be considered.

CASE0
0

βK

mm

500
0

Fy
Fc

K

Transverse
direction

3500

kN

Fy

Longitudinal
direction

4000

Story shear force [kN]

kN

CASE1-4

1st story

K
[kN/mm]
11.5

0.003

-0.15

Fc
[kN]
840

2nd story

7.0

0.006

-0.19

680

684

1st story

10.5

0.003

-0.15

767

771

2nd story

6.25

0.006

-0.19

607

610

α



Fy
[kN]
845

4.1.3 Damper unit
In the longitudinal direction of the gate, we insert the
damper units into the joints of the stairs-foundation.
Table 5 shows the property of the installing damper unit,
where the section area and the maximum shear force are
sum of both northern and southern side unit. The
specified limit of displacement is 600mm. Based on the
observation in the shaking table test, we take into
account the loss of the transmitted relative displacement.
In the numerical study, we consider four cases:
CASE0) Original structure,
CASE1) Only getting off roof mud base coat,
CASE2) Getting off roof mud base coat and installing
damper units with 50% loss of displacement,
CASE3) Getting off roof mud base coat and installing
damper units without loss of displacement.
In the CASE2, we assume that 50% loss of displacement
is equivalent to 50% reduction of stiffness of damper
units. Figure 20 shows the skeleton curves of the
restoring force.
Table 5: Property of the installing damper unit
Sectional area [mm2]

1,690,000

Thickness [mm]

300

Yielding displacement [mm]

15

Limit displacement [mm]

600

Maximum shear force [kN]

642.2
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2400

3000

2000

Total (CASE1)

Damper (CASE2)

Damper (CASE3)

Total (CASE2)

Total (CASE3)

1500
1000

0.02

0.04
0.06
0.08
0.1
Story drift angle [rad]

0.12

4.1.4 Added timber wall
In the transverse direction of the gate, we add timber
walls to the existing ones as shown in Figure 4. If the
wood shear connectors work properly, the restoring force
of the added timber wall is equivalent to the one of a
64mm thickness timber wall. If not, it is equivalent to
two 32mm thickness timber walls. We consider this
problem and set the model parameter as shown in Figure
21. In the numerical study, it is called CASE4:
CASE4) Getting off roof mud base coat and adding
timber walls.
The model parameters for restoring force shown in Table
3 are K = 3.35,  = 0.35, Fy = 1000 in CASE4.
Original
Add 32mm×2
Add 64mm×1
1st story (CASE0-3)
2nd story (CASE0-4)
1st story (CASE4)

3500

Story shear force [kN]

3000
2500
2000
1500
1000
500
0

0

0.02

0.04
0.06
0.08
0.1
Story drift angle [rad]

1.5s

800

2s
3s

400

Figure 20: Skeleton curves of the restoring force
considering damper unit
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Figure 22: Response spectra of input ground motions
4.2 RESULTS
4.2.1 Natural frequency
Table 5 and 6 show the natural frequencies of the
numerical model in the longitudinal and transverse
direction, respectively.
Table 6: Natural frequencies in the longitudinal
direction
CASE0
CASE1
CASE2
CASE3

1st order
0.49Hz(2.04s)
0.50Hz(2.00s)
0.56Hz(1.80s)
0.60Hz(1.67s)

2nd order
1.40Hz(0.72s)
1.42Hz(0.70s)
1.47Hz(0.68s)
1.52Hz(0.66s)

Table 7: Natural frequencies in the transverse direction
CASE0

1st order
0.48Hz(2.09s)

2nd order
1.29Hz(0.77s)

CASE1

0.49Hz(2.05s)

1.31Hz(0.76s)

CASE4

0.49Hz(2.05s)

1.31Hz(0.76s)

4.2.2 Restoring force and story drift relationship
Figure 23 shows an example of a relationship between
restoring force and story drift in the longitudinal
direction when BCJ-L2 is input in the CASE4. In all
cases: CASE0 – CASE4, the 2nd story of the gate
remained elastic, and the displacement concentrated at
the 1st story.

Figure 21: Skeleton curves of the restoring force of
walls and joints in the transverse direction

1000
800

Story shear force [kN]

4.1.5 Input ground motions
The input ground motions are the following:
i) An artificial earthquake wave simulated by Building
Center of Japan (BCJ-L2) [4],
ii) An artificial wave calculated from the spectral
characteristics specified in the notification of the
Ministry of Construction of Japan [5] + Site
amplification effect + Phase characteristics of JMA
Kobe 1995 NS wave (Notf),
iii) The strong ground motion recorded during the 1995
Hyogo-ken Nanbu earthquake (Kobe NS).
Figure 22 shows the response spectra of these input
ground motions. In the numerical simulation, we use the
tangent stiffness-proportional damping whose first order
damping factor is 3% and the Newmark  method ( =
0.25, t = 0.001s).

40
Sd [cm]

4s

600
400
200
-400

-200

0
-200
-400
-600
-800

0

200

400

Walls and joints
Column rocking
Damper unit

-1000
Story drift [mm]

a) 1st story
Figure 23a: Relationship between restoring force and
story drift in the longitudinal direction when BCJ-L2 is
input in the CASE3
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Table 8: Maximum story drift and angles in the longitudinal excitation (unit: mm (rad))
Input ground
motion

CASE0
1st story

CASE1

2nd story

1st story
1230 (1/6)

CASE2

CASE3

2nd story

1st story

2nd story

1st story

2nd story

BCJ-L2

912 (1/8)

73 (1/59)

68 (1/63)

292 (1/26)

76 (1/56)

302 (1/25)

76 (1/56)

Notf

912 (1/8)

73 (1/59)

309 (1/24)

62 (1/69)

332 (1/22)

77 (1/55)

325 (1/23)

80 (1/54)

Kobe NS

380 (1/20)

99 (1/43)

380 (1/20)

93 (1/46)

344 (1/22)

105 (1/41)

339 (1/22)

111 (1/39)

Table 9: Maximum story drift and angles in the transverse excitation (unit: mm (rad))
CASE0

Input ground
motion
BCJ-L2

CASE1
2nd story

1st story

2nd story

1st story

2nd story

1020 (1/7)

102 (1/42)

394 (1/19)

94 (1/46)

590 (1/13)

113 (1/38)

Notf

358 (1/21)

76 (1/56)

314 (1/24)

72 (1/60)

285 (1/26)

88 (1/49)

Kobe NS

351 (1/21)

153 (1/28)

352 (1/21)

141 (1/30)

327 (1/23)

141 (1/30)
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b) 2nd story
Figure 23b: Relationship between restoring force and
story drift in the longitudinal direction when BCJ-L2 is
input in the CASE3
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Figure 24: Effect of reinforcement by installing damper,
simulation in the longitudinal direction
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4.2.3 Maximum story drift
Table 8 and Figure 24 show the maximum story drift and
corresponding story drift angle in the longitudinal
excitation. The values of shaded fields in the table
should be ignored because the negative restoring force
was forced to be zero. Getting off roof mud seems an
effective way in part, and the response story drift of the
1st story was reduced to 1/20rad by inserting the damper
units. Comparing the results of CASE2 and CASE3, the
loss of displacement transmitted to the damper units was
not a dominant influential factor, and satisfactory
response reduction effect was observed in both cases.
Table 9 and Figure 25 show the maximum story drift and
corresponding story drift angle in the transverse
excitation. The values of shaded fields in the table
should be ignored as mentioned above. By adding the
timber walls, the response story drift of the 1st story was
reduced. However, the response has remained over
1/15rad in the case of BCJ-L2 excitation even in the
CASE4. The frequency characteristics of the input
ground motion shown in Figure 22 might affect the
numerical results, and additive reinforcement would be
needed.

5 CONCLUSIONS

200
0

CASE4

1st story

Kobe NS

Figure 25: Effect of reinforcement by adding timber wall,
simulation in the transverse direction

We proposed the reinforcement methods to improve the
seismic capacity of traditional timber gate without
spoiling the convenience and the traditional appearance.
The proposed methods were examined by experimental
and numerical way.
From the shaking table test of timber frame with damper
units, it is found that inserting damper units underneath
stairs is effective way of reducing the response story
drift. In the numerical study, we examined three types of
the seismic reinforcement methods which we planned: 1)
getting off roof mud base coat, 2) inserting underneath
damper units, and 3) adding timber walls, and confirmed
their effectiveness.
Obtained knowledge will greatly contributes to other
traditional timber gates existing in Japan.
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ON-SITE DYNAMIC TESTING OF A LIGHT-FRAME TIMBER BUILDING
René Steiger1, Glauco Feltrin2, Felix Weber3, Stella Nerbano4, Masoud Motavalli5
ABSTRACT: A 3-storey residential building with OSB-sheathed light-frame timber walls and timber-concrete
composite slabs was subjected to dynamic excitation in two different stages of construction. The experiments consisted
of measurements of the accelerations resulting from forced horizontal vibrations which were excited by means of a
hydraulic actuator. The actuator excited the building in its two main directions to vibrations with frequencies within a
range of 0.2–14 Hz. Natural frequencies, modal damping ratios and mode shapes of the building were estimated using
accelerations of the building measured in the four external corners of each upper floor.
For increasing displacement amplitude (1/8000 mm  0.7 mm) the natural frequencies decreased moderately (15%)
whereas the modal damping ratios increased markedly (+100%). Modal damping ratios computed using ambient
vibration data were generally smaller than modal damping ratios obtained from forced vibration tests, which suggests
that modal damping for the levels of vibration in interest in design might be significantly underestimated if based on
results from ambient vibration tests. However, the mode shapes computed using ambient vibration data turned out to be
reliable. The differences in dynamic properties assessed in the different stages of construction were much smaller than
expected. The measured natural frequencies were considerably higher than expected. This could be attributed to the
impact of non-structural internal walls and walls with openings usually not accounted for when estimating fundamental
natural frequencies during seismic design of multi-storey timber buildings.
KEYWORDS: Experimental modal analysis, Ambient vibrations, Forced vibrations, Light-frame timber building

1 INTRODUCTION 1 23
When improving the competitiveness of light-frame
timber buildings (LFTB) in the multi-storey building
market segment, which in many countries is dominated
by masonry and reinforced concrete building, efforts are
needed in optimizing the structural concept and design
with special regard to the horizontal bracing. In order to
meet the requirements in serviceability and structural
safety, the horizontal bracing, has to provide adequate
stiffness and load-bearing capacity to the building when
subjected to horizontal forces from seismic or wind
action. Beside the choice and the detailing of the
structural design the assumed stiffness properties of the
slab and wall elements strongly impact the calculated
estimates of the force distribution in the structure.
Hence, with regard to the design of the bracing in order
to resist seismic and wind action, it is important to know
the initial stiffness of a building as well as its dynamic
properties as precise as possible.
1

René Steiger, Empa, Swiss Federal Laboratories for Materials
Science and Technology, Structural Engineering Research
Laboratory, CH-8600 Dübendorf, Switzerland,
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2
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The level of seismic action to be accounted for in the
design of a specific building mainly depends on the mass
(distribution) of the building and on the first natural
frequency f1 or the fundamental period T1 respectively
[1]. LFTB compared to reinforced concrete or masonry
buildings are expected to be less stiff. If this is true the
design of the structure against seismic action could be
based on much lower spectral values.
Available dynamic experimental investigations on LFTB
involve shake table tests [2-5] and on-site experimental
investigations of realized buildings [6-12] in different
stages of construction with ambient vibration tests
(AVT) or forced vibration tests (FVT), the latter in most
cases having been performed with low-power excitation.
In all studies a strong impact of non-structural elements
on the horizontal stiffness and marked differences in
results from AVT and FVT were found.
In the framework of a Swiss National Research Program
the unique opportunity arose to experimentally
investigate the dynamic properties of a 3-storey LFTB in
Switzerland (Figure 1) by means of large-scale on-site
experiments. The tests aimed at identifying natural
frequencies and mode shapes as well as the modal
damping ratio of the building in its two main directions
for horizontal excitation of different amplitudes. In order
to identify the impact of non-structural components on
the dynamic properties of the building the experiments
were carried out in two different stages of construction.
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distributed highly ductile zones as e.g. light-frame
timber structures) and a damping ratio of  = 0.05 [15].
(Attic) storey 3

11.50 m

Light-frame timber structure

Storey 2
Storey 1

Subterranean garage
in reinforced concrete

2.80 m

Ground floor

Foundation level of the timber structure
14.60 m

2.40 m

11.50 m

3.00 m
2.80 m
2.80 m

24.00 m

Figure 2: Short (top) and long side (bottom) view of the
investigated LFTB
Figure 1: Investigated LFTB after completion of construction
work (top) and in construction stage 2 during testing (bottom)

2 INVESTIGATED BUILDING
The investigated residential building is 24.00 m in length
and 14.60 m in width (Figure 2). Above the subterranean
garage the building is supported by an 11.50 m high
light-frame timber (LFT) structure consisting of LFT
walls with OSB and gypsum fibre board sheathings,
timber-concrete composite (TCC) slabs in storeys 1 and
2 and a dowelled-laminated timber (DLT) slab in storey
3. On top of the building there is a rafter roof covered
with clay tiles. A more detailed description of the main
structural elements of the building is provided in [13].
The building was designed according to the Swiss
standards SIA 260, SIA 261, SIA 265 and SIA 265/1
[14-17]. The design for wind loads was based on
characteristic values of wind force of qk = 1.07 kN/m2 on
the short side of the building and qk = 0.68 kN/m2 on the
long side respectively, representing a reference value of
dynamic wind pressure of qp,0 = 0.90 kN/m2.
The building is located within seismic zone Z 1, where
the design value of the horizontal ground acceleration for
a return period of 475 years is agd = 0.60 m/s2 (6% g)
[15]. Figure 3 shows the elastic response spectra for a
damping ratio of  = 0.05 given in [15]. The building is
founded on deposits of extensive cemented gravel and
sand (i.e. soil class B).
Design of the building for seismic hazards was made
with the force based method assuming a behaviour factor
of q = 3 (which is the behaviour factor according to [16]
to be assigned to “structures with many uniformly

Figure 3: Elastic response spectra for a damping ratio of 0.05
according to the SIA Standard 261 [15] for ground types A–E

3 EXPERIMENTS
First AVT were carried out in order to estimate the
natural frequencies of the building. FVT were then
performed by exciting the building with a hydraulic
exciter in its two main horizontal directions, however,
limiting the excitation to levels where no damages could
occur. Two main stages of construction were
investigated, where the key structural elements
contributing to the mass and the horizontal stiffness of
the building were as described in [13].
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3.1 Excitation in forced vibration tests
The exciter adopted for the tests (Figure 4) consists of a
hydraulic actuator which drives a mass guided by a
horizontal slide bearing system. In the experiments the
actuator was operated with the maximum mass of
940 kg. Actuator and shaking mass are mounted on a
steel rack which is to be bolted to the investigated
structure in order to transfer the force. The maximum
displacement range of the shaking mass is ±125 mm and
the shaking force is constrained by the maximum
dynamic actuator force of ±32 kN.

E
C
B

A

D

3.2 Placement of sensors

F

Figure 4: Horizontal exciter rigidly anchored to the storey 2
TCC slab: Hydraulic actuator (A) with load cell (B) and
940 kg shaking mass (C) mounted to steel rack (D). The
acceleration of the shaking mass and the slab next to the
exciter were recorded with uniaxial accelerometers (E, F)

Attic balcony

5.60 m

iter

Foundation level of the timber structure

Attic balconies

E (17.55 / 6.87)

the only possibility to lift the exciter into the building
and out of it after completion of the experiments. The
exciter was placed in a room big enough for changing
orientation of the exciter in order to excite the building
in its two main directions. Figure 5 (bottom) shows the
position of the exciter E together with centres of mass M
and stiffness S as well as the directions of excitation.
Both M and S are located in the centre of the elevator
shaft close to each other. The exciter was rigidly
anchored to the TCC slab by means of a Hilti® dynamic
anchoring set consisting of grade 8.8 carbon steel anchor
rods HIT-V with metric thread M16 mounted with
injectable mortar HIT-HY 200-A. In order to transfer the
excitation forces to the slab without causing damage the
slab had to be reinforced by additional crosswise
oriented rebars and the vertical mass of the exciter had to
be carried by a series of telescopic metal studs in all
storeys underneath the exciter.

M (11.80 / 7.10)
S (11.70 / 7.40)

Exciter

14.60 m

Good quality identification of modal parameters and in
particular mode shapes requires a correct location of the
sensors. It is good practise to exploit modal analysis
results obtained by numerical models of the structure as
a guide for sensor placement. For the timber building
under investigation, the problem of sensor placement is
less critical. Since the floors are very rigid in in-plane
direction (diaphragm), their horizontal motion
corresponds to the motion of a rigid body. Such a motion
can be decomposed into two translational motions
perpendicular to each other and a rotational motion. In
this case, a good choice is always to place the sensors at
the corners of the floor if the centre of rotational motion
is not too far away from the centre of gravity of the
floor, which is a requirement that was satisfied by the
building. Only the upper floors were instrumented but
not the reinforced concrete floor of the basement because
the large mass and high rigidity of the basement as well
as its embedding in the ground produced motions that
were order of magnitude smaller than the motion of the
floors. The type of sensors used and their exact positions
during the experiments is described in [13].
In each sensor location the horizontal vibrations were
measured in two orthogonal directions (strong and weak
building). In addition the motion of the exciter mass and
the motion of the floor in the direction of the excitation
force in the immediate vicinity of the vibration exciter
mass ((E) and (F) in Figure 5) were recorded.

24.00 m

Figure 5: Lifting the exciter into the second storey of the
building via an attic balcony (top) and final position of the
exciter E with respect to centres of mass M and stiffness S
(bottom)

In order to be able to excite the building with as much
power as possible the exciter was positioned on the
second storey (Figure 5, top), hereby accounting also for
the fact that the attic balcony in the second storey offered

Figure 6: Sensor position 7 with two orthogonally positioned
acceleration sensors PCB 393B31
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To electrically insulate the sensors, each sensor (except
the one placed on the exciter mass) was mounted with a
screw on a wooden cube which was attached to an
aluminium plate (Figure 6). Each plate was aligned
horizontally and eventually fixed to the floor with a
screw to assure a perfect transfer of the floor motion. All
sensors were linked with electrically shielded cables to a
data acquisition system OROS OR 38. The signals of the
accelerometers were sampled with 256 Hz and digitized
with a resolution of 24 bit.
3.3 Experimental program
At both construction stages 1 and 2, an AVT was
performed with the aim of identifying the modal
parameters at a very low excitation level and to get an
overview of the natural frequencies for designing the
random excitation signals of the FVT.
Subsequent FVT experiments consisted of three steps.
First, tests with broad band random excitation were
carried out in order to assess the natural frequencies at
different levels of excitation. This was then done again
with narrow band random excitation which allowed for a
determination of the natural frequencies with increased
precision. Finally the building was subjected to harmonic
excitations of different level with frequencies matching
the natural ones in order to determine the modal
damping ratios for different amplitude.
The hydraulic actuator was operated in displacement
controlled mode. The command displacement was
computed based on the desired acceleration of the
shaking mass by double-time integration. The
proportional-integral-derivative (PID) control parameters
of the displacement control loop were adjusted
iteratively way that the actual acceleration of the shaking
mass corresponded to the desired acceleration [13].
3.4 Data processing
The data from AVT and FVT were analysed with the
algorithm N4SID [18] by identifying the system matrices
of the linear, time invariant system

dx t 
= Ax t  + Bu t  + Ket 
dt

(1)

y t  = Cx t  + Du t  + et 

(2)

x0 = x t0 

(3)

A, B, C, D and K are the system matrices, x(t) is the state
vector, y(t) the output vector, u(t) the input vector und
e(t) the vector of the errors. The computation was
performed with the algorithm implemented in Matlab®.
Once the linear system had been identified, natural
frequencies and modal damping were computed from the
eigenvalues i of the system matrix A by
f = Re i  + Im i 
2

=

Re i 
fi

2

(4)
(5)

Mode shapes were computed by first transforming the
system matrix C with the matrix of eigenvectors T of the
system matrix A. The mode shape associated to the
natural frequency i corresponds to the ith column of the
transformed system matrix Ĉ = CT. The imaginary part
of the complex mode shape was minimized by a
multiplication with a suitable complex number of
modulus one. This scaling does not have any effect on
natural frequencies and modal damping ratios.
The data analysis of the free vibration tests was
performed with the Eigensystem Realization Algorithm
(ERA) [19] implemented in Matlab® using only the free
vibration part of the data. The algorithm was used to
estimate the system matrices A and C as well as the
initial value of the state vector x0 of the linear, time
invariant system:

dx t 
= Ax t 
dt

(6)

y t  = Cx t  + et 

(7)

x0 = x t0 

(8)

4 RESULTS
4.1 Vibration modes and natural frequencies
4.1.1 Forced vibration tests (FVT)
The largest singular values of the cross-correlation
matrix in frequency domain provide a good overview
about the excited vibration modes. The cross-correlation
matrix was calculated with the data from an experiment
with broad band random excitation at construction
stage 1. Figure 7 (top) displays the three largest singular
values for a test with excitation in transverse direction.
The two characteristic peaks of the largest singular value
at approximately 3.9 Hz (m1) and 4.9 Hz (m2) reveals
the existence of two vibration modes. A third natural
frequency with a significantly weaker impact on the
greatest singular value than the other two can be
identified at a frequency of approximately 6.8 Hz (m3).
The peak in the spectrum of the second singular value
confirms the existence of the third vibration mode.
The well distinguishable peak at about 6.8 Hz in largest
singular value of the test with excitation in longitudinal
direction reveals the existence of a third vibration mode
(Figure 7, bottom). The second peak at about 4.9 Hz
coincides with the one identified in the test with
excitation in transverse direction. The vibration mode
with the smallest natural frequency cannot be identified
in the spectrum of the largest singular value. However, it
emerges clearly in the spectrum of the second singular
value. The greatest singular value does not provide any
further hint for the existence of additional vibration
modes. Analysing the shapes of the second greatest
singular value, however, reveals a common peak at
10.7 Hz (m4). Since the signal was very weak it is not
sure if m4 is really a vibration mode.
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to the nodal point of the mode shape the effectiveness of
the excitation was poor.
a
1st floor

i ration

2nd floor

i ration
st

nd

1 floor

2 floor

1st floor

2 floor

i ration

Figure 7: Singular values of the cross-correlation matrix of
tests with transversal (top) and longitudinal (bottom) broad
band random excitation

Figure 8 displays the motion of the three floors in the
horizontal plane and the decomposition of the motion in
transversal (black), longitudinal (green) and rotational
(red) motion. The decompositions have been computed
using the mode shape of each floor assuming that the
horizontal motion of a floor is governed by a rigid body.
The motion of a rigid body can be described by a
translation in x-direction, a translation in y-direction and
a rotation with respect to a centre of rotation. These
motion parameters can be related to the displacements at
the 4 sensor positions by 8 nonlinear equations by purely
geometrical relations. The motion parameters were
finally determined with the nonlinear optimization
algorithm lsqnonlin implemented in Matlab®.
Vibration mode m1 (Figure 8a) is mainly a transversal
oscillation. The second vibration mode m2 (Figure 8b)
has a strong rotational motion with a smaller but still
marked component in longitudinal direction and a
negligible motion in transversal direction. The third
vibration mode m3 (Figure 8c) has a strong motion in
longitudinal direction combined with a small rotational
component. Also for this vibration mode the transversal
direction is negligible. The fourth vibration mode m4
(Figure 8d) is the second transversal mode with
negligible longitudinal and a small rotational motion of
the third floor. The very small modal amplitude of the
mode shape at the second floor explains why the output
signal was so weak. Since the second floor is very close

nd

i ration
st

1 floor

nd

2 floor

o e
3rd floor

Modal amplitude

o e
rd

3 floor

Modal amplitude

o e
rd

3 floor

Modal amplitude

o e
rd

3 floor

Modal amplitude

Figure 8: Mode shapes of vibration modes m1 – m4. Colours
in the modal amplitude graph represent: black = motion in the
transversal direction, green = motion in the longitudinal
direction, red = rotational movement

Figure 9: Singular values of the cross-correlation matrix of a
test with AVT
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4.1.2 Ambient vibration tests (AVT)
Although the excitation level is much smaller, the
singular values of the cross-correlation matrix of
ambient excitation tests disclose the same vibration
modes of forced vibration tests (Figure 9). The vibration
mode m4 appears much clearer in the spectrum of the
greatest singular value since the excitation is not limited
to the second floor as in the FVT.
The diagonal elements of the correlation matrix, which
was computed with the mode shapes of the FVT and
AVT, respectively, are very close to unity and suggest
that the mode shapes essentially coincide.
⎡0.9967
⎢0.2262
corr = ⎢
⎢0.6377
⎢
⎣0.4814

0.2118 0.6579 0.5217⎤
0.9995  4626 0.1581⎥⎥
 4128 0.9921 0.0703⎥
⎥
0.0276 0.1246 0.9878⎦

(9)

The smallest correlation coefficient is associated to the
4th vibration mode m4. Figure 10 displays the two mode
shapes and confirms that they are qualitatively identical
and that the quantitative difference is very small.
i ration
st

1 floor

nd

2 floor

o e
rd

3 floor

Modal amplitude

might therefore be an artefact originated by the poor
excitation because there is no physical reason why mode
m4 should experience soil structure-interaction while all
other modes do not.
Mode shapes from AVT have generally greater
imaginary parts than mode shapes from FVT. The
imaginary part of the mode m4 is very large although the
real part is nearly identical to the mode shape of FVT
(Figure 10). The comparison with the results of FVT
suggests that the greater imaginary parts of AVT are due
to the testing method and have no physical background.
Table 1: Ratio of the vector Euclidian norms of the imaginary
to the real part of the mode shape in percent

Mode
m1
m2
m3
m4

FVT
1.7
1.3
1.6
8.4

AVT
6.5
2.8
4.6
23.9

4.2 Influence of construction stage and vibration
amplitude on modal parameters
The influence of the construction stage and vibration
amplitude on modal parameters were investigated using
the three vibration modes m1, m2 and m3 since they
were the only ones which could be identified
unambiguously through both two investigated
construction stages. The vibration mode m4 was
discarded because of its poor reactivity to the excitation.
Figure 11 and Figure 12 display the results.

Figure 10: Mode shape of the 4th vibration mode (m4)
identified with data from FVT (solid line) and AVT (dotted
line). Dots (representing storeys) and lines in black colour in
the modal amplitude graph depict a transversal motion of the
building. Longitudinal and rotational motions are marked with
green and red dots and lines respectively

In general, the mode shapes obtained from the FVT have
a smaller imaginary part than those computed using the
AVT. Table 1 shows the ratio of the vector Euclidian
norms of the imaginary to the real part of the mode
shape. All complex mode shapes were normalized to
unity. The smallest imaginary part with a ratio smaller
than 2% have the mode shapes of the modes m1, m2 and
m3 that were obtained from FVT. A significantly greater
imaginary part is observed for the mode m4 which could
not be properly excited with the exciter. Because of the
poor excitation it is not fully clear if the imaginary part
of the mode shape has a physical background or if it is
an artefact of the test method. A possible cause of
complex mode shapes is soil structure-interaction
because it introduces non-proportional damping. The
small imaginary parts of modes m1, m2 and m3 suggest
that soil structure-interaction was very weak. This
outcome is compatible with the rigid and heavy
basement of the building (subterranean garage in
reinforced concrete) that could not be sufficiently
excited by the shaker to produce a measurable soilstructure interaction. The imaginary part of mode m4

Figure 11: Changes of natural frequencies for the investigated
construction stages 1 (black markers and lines) and 2 (red
markers and lines). Results from AVT (filled circles) and FVT
with random excitation (circles) and harmonic excitation
(filled diamond shapes)
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The displacement amplitude of the third floor was
chosen as an index for vibration amplitude.
Displacements were computed by numerical integration
of the recorded accelerations. Accelerations and all
intermediate results were filtered with a high-pass
Chebishev Type II filter of order 6 having an edge
frequency of 2 Hz [13]. (Figure 7 e.g. shows that the
frequency components smaller than 2 Hz are order of
magnitude smaller and can therefore be neglected.)

frequencies decrease with increasing amplitude. For the
modes m1 and m2 the gradient of the decrease seems to
be small at displacements smaller than approximately
0.01 mm. For displacements exceeding this value the
gradient is significantly steeper. Furthermore, at
construction stage 2 the gradients are generally steeper
than at construction stage 1. In contrast mode m3
exhibits a more uniform decrease of the natural
frequency with vibration amplitude. The natural
frequencies of the construction stage 1 are always
smaller than the natural frequencies of stage 2. Because
of the greater gradient of decrease at stage 2 the
differences between the natural frequencies of the two
stages of the modes m1 and m2 become smaller with
increasing vibration amplitude. Generally modal
damping ratios increase with displacement amplitude.
For all modes the damping increase by roughly 100%
with respect to the values obtained with AVT. At
construction stage 2 the damping ratios of the modes m1
and m2 are greater than at construction stage 1. For
mode m3 a gap between the damping ratios of the two
construction stages is identifiable only at the AVT.
The results obtained with the harmonic vibration tests do
not always match well with the results obtained with
ambient and random excitation. This may be a result of
the definition of the displacement amplitude. Despite the
significant changes observed on natural frequencies and
modal damping ratios the mode shapes are only weakly
influenced by the construction stages. Figure 13 show
that the changes of the mode shapes are marginal.
a
st

Figure 12: Changes of modal damping ratios for the
investigated construction stages 1 (black markers and lines)
and 2 (red markers and lines). Results from AVT (filled circles)
and FVT with random excitation (circles) and harmonic
excitation (filled diamond shapes)

In the tests with ambient and random excitation the
displacement amplitude in Figure 11 and Figure 12
corresponds to the RMS of the vibration displacement
during the test period. In the harmonic excitation tests
the displacement amplitude refers to 50% of the RMS of
the vibration displacement at stationary condition just
before interrupting the excitation. Weighting by 50%
considers the fact that the modal parameters were
estimated using the free vibration starting from peak
vibration amplitude and ending with very small
amplitudes. Because of the characteristics of the mode
shapes for the vibration modes m1 and m2 the RMS was
computed considering only the displacements in
transversal direction whereas for the mode m3 only the
displacements in longitudinal direction were considered.
The results displayed in Figure 11 and Figure 12
demonstrate a significant influence of vibration
amplitude at both construction stages. All natural
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Figure 13: Comparison of mode shapes of vibration modes m1
– m3 in construction stages 1 and 2. Colours in the modal
amplitude graph represent: black = motion in the transversal
direction, green = motion in the longitudinal direction, red =
rotational movement
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The most significant changes occurred at the vibration
mode 2. The correlations are very high:

0.7013 ⎤
⎡0.9969 0.1913
⎢
corr = ⎢ 0.2583 0.9984  0.3547⎥⎥
⎣⎢ 0.6401  0.4533 0.9962 ⎦⎥

(10)

5 DISCUSSION
5.1 Impact of vibration amplitude
The test results show that natural frequencies
significantly decrease with increasing vibration
amplitude. In the investigated amplitude range the
decrease was 5 to 10%. This decrease corresponds to an
overall stiffness reduction by 10–20%, which is a quite
important figure considering the modest amplitude
ranges that could be achieved with the tests. Since the
gradient of the decrease tends to increase with increasing
vibration amplitude the results suggest that for vibration
amplitudes exceeding those of the tests a further stiffness
reduction is likely to occur.
As expected, the natural frequencies provided by AVT
represent an upper bound. Because of the extremely
small amplitude involved, the most straightforward
interpretation is that static friction within and between
construction components increases the overall stiffness
of the building. Within this interpretation scheme, the
increase of the gradient of natural frequencies with
increasing vibration amplitudes can be associated to an
incremental conversion of static to sliding friction. Such
a mechanism would explain the significant growth of
modal damping with increasing amplitudes and the
observations that natural frequencies at low vibration
amplitudes were reproducible after having performed
tests with higher vibration amplitudes.
5.2 Impact of non-structural building components
Including the non-structural building components in
stage 2 had the effect of increasing the natural
frequencies and therefore the overall stiffness of the
building. Since the gradient of natural frequency changes
in construction stage 2 is greater than in construction
stage 1 these non-structural components seem to show a
more rapid stiffness loss with increasing amplitudes than
the load-bearing structural walls. This greater stiffness
loss tends to close the gap between the natural
frequencies of the first and second construction stage
such that at greater vibration displacements the natural
frequencies eventually converge. Such a convergence
would imply a nearly complete stiffness loss of the nonstructural components. According to the observed
changes of natural frequencies of the vibration modes
m1 and m2 displayed in Figure 11 such a convergence
may occur already at vibration displacements of the third
floor of about 1 mm. This result implies that the
contribution of non-structural components to overall
stiffness is becoming negligible at an inter-storey drift of
less than 1 mm. Since this convergence occurred without
producing any visible damage of the structural and nonstructural components, the consequence is that the

stiffness of the non-structural components was fully
mobilized only at very small vibration amplitudes. With
increasing amplitudes the non-structural components
were successively decoupled. The natural frequency of
vibration mode m1 measured in construction stage 2 was
considerably higher (f1,y ≈ 4 Hz for amplitudes of
10-4 mm and f1,y ≈ 3.7 Hz for amplitudes of 0.4 mm).
Consequently there is in fact a marked contribution to
the overall stiffness of the building by non-structural
walls. A range of natural frequency between 3.7 and
4 Hz corresponds to fundamental periods of 0.25–0.27 s
which would require basing the seismic design of the
building on the plateau value of the design spectrum
(Figure 3). In [20] a comparison of natural frequencies
derived from the experiments described in the present
paper with respective estimations from analytical and
numerical calculations applying different approaches and
models is presented and conclusions for seismic design
of LFTB are drawn.
Apparently the non-structural components have the
effect to increase modal damping ratios (Figure 12).
Contrary to natural frequencies, in the investigated
amplitude range, this increase is approximately
independent of vibration amplitudes. If this trend would
persist also at greater vibration displacements when the
non-structural components would have lost most of their
stiffening effect is, unfortunately, unknown. Shake table
tests [2, 3] suggest that damping does not diminish with
increasing vibration amplitudes. Considering only the
damping of structural components would therefore be
probably conservative.
5.3 Applicability of AVT
The results demonstrate that natural frequencies and
modal damping ratios computed using data from AVT
requires a suitable interpretation in order to provide
reliable information about the structure. At ambient
vibration amplitudes, non-structural components
provided a stiffness increase by 10–20 %. Since this
additional stiffness is successively nearly completely lost
with increasing amplitudes, it is important to avoid
associating the full stiffness obtained from measured
natural frequencies to structural walls otherwise the
stiffness of structural walls would be overestimated.
Unfortunately, in practice, a reliable estimation of the
impact of non-structural components to the observed
natural frequencies of a specific building is probably
difficult to achieve. All published dynamic tests on
timber buildings report a reduction of natural frequencies
at testing amplitudes greater than ambient vibration
amplitudes. The reduction, however, differs significantly
from building to building because of the different
designs and type of non-structural components.
In our test, modal damping ratios computed using AVT
data are generally smaller than modal damping ratios
obtained from FVT data. They fit quite smoothly into the
damping ratios obtained with FVT. This result suggests
that modal damping ratios might be significantly
underestimated if results from AVT are used. The
additional damping due to non-structural components
seem to be less critical concerning possible
misinterpretations since it does not diminish with
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increasing vibration amplitude. Nevertheless, based on
our experience, modal damping ratios extracted from
AVT data can deviate rather substantially from damping
ratios obtained with FVT, as was also pointed out by
Hafeez et al. [12]. It is therefore recommended to check
their reliability, if possible, with independent tests.
5.4 Mode shapes
The mode shapes change only very marginally when
introducing non-structural components and when
increasing the vibration amplitudes. The observed low
sensitivity of mode shapes to structural changes is in line
with the results of Sartori et al. [5]. In addition, the result
that mode shapes computed using AVT data turned out
to be reliable is in agreement with the findings of Hafeez
et al. [12]. These results suggest that mode shapes are
largely dominated by structural walls. The distributed
location of the non-structural components and the low
sensitivity of mode shapes to moderate stiffness changes
are likely to be responsible for these outcomes.
5.5 Comparison of vibration modes
Mode m3, which has a strong motion in longitudinal
direction, behaves differently from modes m1 and m2
(Figure 13). The gap between the natural frequencies at
construction stages 1 and 2 at the smallest vibration
amplitudes is much smaller compared to modes m1 and
m2. The closing of the gap with increasing vibration
amplitudes is less evident than for the modes m1 and
m2. Also the difference of damping ratios between the
two construction stages is less pronounced in mode m3.
An evident gap exists only at very small vibration
amplitudes. The noise that was produced during the tests
by the concrete kernel prevented in particular at
construction stage 1 tests with greater vibration
amplitudes because of concerns regarding a possible
damage of the building. The differences between modes
m1/m2 and mode m3 in terms of closing the gap in
natural frequencies with increasing amplitude may be
attributed to the fact that the additionally installed nonstructural walls in stage 2 were mainly oriented in the
longitudinal direction of the building. Since mode m3
has a dominant motion in longitudinal direction (Figure
8c) the intrinsic in-plane stiffness of these walls
prevented a closing of the gap in natural frequencies
between stage 1 and 2. Contrary, the modes m1 and m2
act primarily perpendicular to these non-structural walls
thus mobilising their much weaker out-of-plane stiffness
which had a negligible effect on natural frequencies.

6 CONCLUSIONS
The tests demonstrated that non-structural components
have a significant effect on natural frequencies and
consequently on the overall stiffness of light-frame
timber buildings (LFTB). This added stiffness is nearly
completely lost already at small vibration amplitudes
without producing any visible damage and is completely
recoverable. Static friction between building components
is the most likely mechanism explaining qualitatively
such behaviour. The observed increasing damping with
increasing vibration amplitudes is also compatible with

an incremental conversion of static to sliding friction.
Since the vibration amplitudes achieved during the tests
were abundantly below the amplitudes that are to be
expected during an earthquake, little can be said about
natural frequencies and modal damping ratios at such
vibration amplitudes. Shaking table tests showed that an
additional significant decrease of stiffness will occur
when non-structural components are subjected to
damage. It is unknown if this stiffness loss will be able
to bridge the huge gap between natural frequencies of
the real building and the design model. Therefore
underestimating the horizontal stiffness of LFTB in a
force based design could be on the unsafe side and such
assumption is recommended to be carefully checked.
In most of the harmonic loading tests in transversal
direction of construction stage 2 the acceleration at the
second floor exceeded 0.25 ms-2 with peaks reaching
0.6 ms-2. Such peak accelerations are abundantly
exceeding the vibration serviceability limit of
approximately 0.1 ms-2 that is recommended by ISO
Standard 10137 [21] for residential buildings subjected
to wind loads with a return period of one year. Therefore
for vibration amplitudes in the range of vibration
serviceability limits the non-structural components may
contribute to a global stiffening of the building. Since the
spectrum of wind loads in the frequency range of about
several Hertz generally increase with decreasing
frequencies, neglecting the stiffening effect of nonstructural components overestimates the vibration
amplitudes.
Whereas mode shapes estimated from AVT data turned
out to be reliable, natural frequencies and modal
damping ratios computed using data from AVT require a
suitable interpretation in order to provide reliable
information about the dynamic properties of the
structure.
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TRADITIONAL BUILDINGS WITH TIMBER FRAME AND VARIOUS
INFILLS IN ROMANIA
Daniel Ioan Dima1, Andreea Dutu2
ABSTRACT: The Romanian territory has an important seismic potential in Europe, with the Vrancea source. The
most destructive seismic events that occurred in Romania in the 20th century (November 10, 1940 and March 4, 1977)
have revealed a high level of seismic vulnerability of the built environment. An important part of this built environment
is represented by historical buildings, including the traditional ones (timber frame and infills from various materials as
brick, stone, adobe, etc.). The investigations after seismic events from November 10, 1940 and March 4, 1977, revealed
that the traditional buildings did not suffer any or important damages, thus showed their particular seismic behavior.
Also, both the experience after similar seismic events from other countries as Turkey, Haiti, China, etc. and research
studies from countries like Portugal, France and Japan, revealed an unexpected good behavior of such of buildings.
Therefore, in this paper the results of the investigations done on traditional buildings from Romania are presented,
regarding their various constructive systems.
KEYWORDS: traditional, timber, masonry, earth and straw, wattle and daub

seen after some strong events as Kocaeli 1999, Kashmir
2005 or Haiti 2010. In the Izmir seismic event it was
noticed that even if their damage state was advanced, at
least they still stood up, while other types of structures
fell [2]. In some situations, buildings with timbered
masonry showed few damages (minor cracks, plaster
falls, etc.), while poorly executed reinforced concrete
structures near them collapsed or showed extensive
damage [3].
Experimental studies were carried out for different
configurations [4, 5, 6, 7, 8]. The common result was
confirmation of the excellent behavior of in plane
masonry infilled timber frames under cyclic loading,
which is characterized by a significant deformability
because of the timber’s confinement for the masonry
infills.

1. INTRODUCTION 123
The present paper has as goal the investigation on
traditional buildings with various structural types, such
as timber frame and infill masonry, which have proven
over the time to be an earthquake resistant structure and
with a remarkable architectural potential. Many
countries in the world have structures with timber
skeleton and masonry infill or other kind of infills,
representing valuable heritage.
In some countries, timber framed walls are visible and
were built most for aesthetical and architectural purposes
(i.e. Germany, France, Czech Republic, etc.), while in
others countries, they also have an earthquake resistance
contribution (i.e. Portugal, Italy, Turkey, etc.) [1].
Timber framed masonry (TFM) system is also being
presently used as reconstruction solution of areas that
were destroyed by major earthquakes (i.e. Portugal,
Pakistan) [1].
In all countries where these type of buildings are
found, they were built without being based on any design
regulation, but there are some situations (i.e. Turkey),
where even if they date since 15th century, it was
observed how people adapted their houses to local
seismicity and made the structure as earthquake resistant
as possible. Their behavior under earthquakes could be

2. MOTIVATION
In Romania in the last years the studies on earthquakes
produced an increase in the awareness of the population
and authorities. For example, the most seismic exposed
cities from Romania are Bucharest and Iasi. In
Bucharest, according to seismic code P100-1/1992 the ag
(maxim expected seismic ground acceleration) was
0.20g and today, according to code P100-1/2013 ag is
0.30g (50% increasing) and for Iasi city, it was also
0.20g and increased to 0.25g (25% increase).
After the two major earthquakes that occurred in
Romania on 10 November 1940 and 4 March 1977, there
is not much information about traditional buildings with
timber frame and masonry infill or other infills which
suffered complete collapse or major damages. So people
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generally assume that traditional residential houses
behaved well during seismic events.
Today, more owners want to build such traditional
houses with infilled timber frame structure, because they
are easy to build, relatively cheap, ecologic, aesthetic
and, the most important, as the recent studies have
shown, they have a satisfactory seismic resistance and
especially a high ductility, aspect also revealed by the
past seismic events. In this moment, in Romania, for
these type of structures there is no specific design
method specified in the national Code P100-1/2013, and
also no evaluation procedures for this existent type of
building.
In Romania there are places where the buildings with
infilled timber frame structure are inspired by the
German “Fachwerk” traditional buildings, as there are in
Sinaia city and its surroundings (Fig. 1).

It is obvious that traditional is actually the result of the
adaptation of tens or hundreds of years to local seismic
culture [9].
Due to technical features (satisfactory seismic
resistance and high ductility) and practical benefits (easy
to build, economic, etc.), the traditional infilled timber
framed buildings can be one alternative to conventional
and modern type of buildings (RC frame, walls or
confined masonry structures, etc.) for all kinds of owners
(rich and poor).
Thus, this fact is also confirmed by the actual use of
this structure type by regular people that, despite of their
lack of engineering knowledge, adopted it because they
saw that neighbors having same type of house didn’t
have problems in the past earthquakes (from personal
communication with villagers during field investigation).
This situation is found at least in Romania, where
engineering studies regarding behavior of infilled timber
frames only recently started and so far no design
procedure was issued with this subject.
Due to this reason, in Technical University of Civil
Engineering Bucharest, a research project was started, to
test an evaluation method currently under development
and to experimentally study seismic resistance of
traditional residential buildings, in order to validate the
evaluation method.
In this paper, the first part of the project is presented,
consisting of field investigation and proposal of test
specimens for the next step of the project.

3. FIELD INVESTIGATIONS

Figure 1: Old(left) and new (right)“Fachwerk” architecture
in Sinaia city, Romania [1]

Two geographic areas from Romania, that are
significantly exposed to earthquake (Viperesti from
Buzau county with ag = 0.40g and Sinaia from Brasov
county with ag = 0.30g) (Fig.3), were chosen for the field
investigation. Traditional buildings, similar to those from
other countries where they have been previously studied
(i.e. Portugal, Japan, Turkey, Italy, etc.) [1, 2, 10], were
found and observed.

Also, there are other places, in rural areas, where
people build this type of structure due to the local
tradition of the area, such as Buzau county area.
It is surprising how people without engineering
knowledge started to build their houses using this system
due to its earthquake resistance and how it became a
traditional type in many villages from Romania (Fig. 2).

Figure 3: Romanian zonation of pick ground seismic
accelerations ag (according to national seismic code P1001/2013)

Figure 2: Traditional infilled timber frame house from
Buzau county [4]

2
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3.1 Investigation methodology

 based on which criteria they selected the
structural system they built (tradition, easy to build,
economic and ecologic, seismic resistant, etc.);
 the damages after earthquakes or other natural /
anthropic causes they observed;
 other particular information.

In order to obtain the necessary information for the
study of Romanian traditional buildings, the field
investigations consisted in the following steps:
 request of the help of local authority (mayor,
mayor counsellors, city hall employer, etc.);
 the representative areas from each village of
Viperesti commune and Sinaia city were selected,
where representative traditional houses (the old and
new ones) could be found, and they were identified
and marked on the map (Fig. 4), with the help of the
mayor and his counselors, as building C1, C2, …, Cn,
etc.

3.2 Field investigation in Viperesti area
3.2.1

Generalities

Viperesti is an area located in West of Buzau county
and it consists of the following villages: Viperesti,
Tronari, Ursoaia, Palici, Rusavat and Muscel (Fig. 5);

Figure 4: Example of buildings’ marking investigated on
field

 for each house three technical investigation data
sheets were filled in: first containing information
about the owner, the type of structure, structural
description and particular features [11]; the second
containing information about nonstructural and
structural damages caused by earthquake and/or
other actions (differential settlement ground,
variations of humidity and temperature, biologic
attack) [11] and the third containing general
information about the Viperesti and Sinaia areas
(natural environment, socio-economical profile, the
culture, financial and materials resources, etc.) [12];
 it was discussed with the authorities and local
inhabitants about the history of the built
environment and other important technical
information (access to the materials, the tradition
artisans, the tradition of the structural systems and
the reasons they chosen the structure type, etc.);
 a photo survey was done for each house;
 it was discussed with the owners about history
of the house:
 when the house was built (period/year);
 with who they built it (local artisans as:
quarries, carpenters, masons, etc.);
 how they have purchase the materials
(wood, clay, stone, brick, etc.);
 the
manner
that
they
built
(technological phases and materials used);

Figure 5: Geographical location of Viperesti area
[on Google maps]

From geographically point of view, Viperesti area is
located on the base of Carpathians Mountains and valley
of Buzau river; also it has 233 m altitude and an area of
66 km2. Viperesti has a population consisting of around
3.500 inhabitants.

3.2.2

Brief history of Viperesti area

In Rusavat village the traces of the first dwellings from
Viperesti area were found; the existence of Viperesti and
Muscel villages were first documented since 1534. Also
Ursoaia village it was mentioned from 1733 [13].
Archival documents reveal the existence in Viperesti
area of a quarry sand, gravel and earth for bricks, since
1920, as the main resource of materials for constructions.

3
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Near Viperesti area, there is Berca commune with an
old tradition of bricks manufacture. In 1970 was found
the first and modern bricks factory in the area. Today,
the bricks factory from Berca commune is one of the
most important brick maker from South-East of Romania.
The clay for bricks is obtained from Berca quarries.

3.2.3

Structural typologies found in Viperesti
area

After the field investigations three main structural
systems were found as below:
 type 1: timber frame and brick masonry infill
(Fig. 6 and Fig. 7);

Figure 8: Building with timber and earth with straw infill
structure, from Viperesti commune, Romania, built in
around 1930-1940 – main façade

Figure 6: Building with timber and brick masonry infill
structure, built in around 1925 with unreinforced masonry,
and reconstructed after November 10 th, 1940 major
earthquake with timber frames and infills– main façade

Figure 9: Building with timber and earth with straw
infill structure, from Viperesti commune, Romania, built
in around 1930-1940 –infill detail



Figure 7: Building with timber and brick masonry infill
structure, from Viperesti commune, Romania, built in
around 1925 with unreinforced masonry, and
reconstructed after November 10 th, 1940 major
earthquake with timber frames and infills – backyard
façade



type 3: timber frame and wattle & daub infill
(Fig. 10 and Fig. 11).

Figure 10: Building with timber and wattle and daub
infill structure, from Viperesti commune, Romania, built
in around 1910-1920 – main façade

type 2: timber frame and earth (clay) with
straw infill (Fig. 8 and Fig. 9);

4
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Roof structure and covering

The structure of the roof is made of pinewood and the
roof covering is made by timber shingle and ceramic tile.

The daub

The daub is generally done by earth and straw mortar
or lime and/or cement mortar.

Figure 11: Building with timber and wattle and daub
infill structure, from Viperesti commune, Romania, built
in around 1910-1920 – detail infill

3.2.4 Structural description of each typology
Foundations for all
traditional buildings

three

typologies

of

The old traditional buildings have stone foundations
(generally damp river rock). These type of foundations
are made by massive stones (laid up one over the other),
generally without any mortar or lime or/and cement/clay
mortar (Fig. 12). The new houses have concrete
foundations.

Figure 13: Description of the type 1 structure – main
specific structural elements

Figure 14: Description of the type 2 structure – main specific
structural elements

Figure 12: Stone foundation specific for the traditional
buildings, the old ones

Structural walls

For type 1, the walls are made of timber skeleton
composed of horizontal elements (superior stringers with
around 15x15÷20x20 cm cross section, which have a
confining role to connect the walls and inferior stringers
with same cross section, to distribute the load to the
foundations), vertical elements (timber columns with
cross section varying from 12x12 to 20x20 cm), timber
bracings with around 10x10÷15x15 cm cross section and
brick masonry infill (Fig.13);
For types 2 and 3 the timber skeleton structure is
similar as it is described above for type 1 structure, the
difference is that the infill for type 2 consists of earth
and straw (Fig. 14) and for type 3, the infill is made of
wattle and daub (Fig. 15).
The wood used for structural elements is generally
pinewood, oak and locust/ acacia tree, etc., and the earth
(clay) used for infills is obtained from local quarries.

Figure 15: Description of the type 3 structure – main
specific structural elements

5
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3.2.5 Important general field observations

The wood used is harvested in a certain period of the
year (February), when the humidity inside the trees is the
lowest, and after that it is left to dry almost 2 months.
The clay used for brick and mortar is a special one with
good plasticity and workability. The clay mortar is
generally mixed with straw.
The timber elements are bound with nails and/or
clamps and various types of cross-halving and/or
mortise-tenon connections (Fig.16 and Fig.17).

Figure 18: Peles castle, Sinaia city

Figure
connections

16:

Clamps

used

for

timber

The castle is made of unreinforced masonry at the first
floor, and the upper storeys are made of timber and brick
masonry infill. At the time of the construction, Romania
didn’t have a seismic design code, so the reason this
structural system was chosen is more likely to be due to
architectural reasons.
Also, exterior construction details, like overlapping a
column along the story height (Fig. 19) indicates that the
seismic resistance was not the primary importance when
it was built the castle.

elements

Figure 17: Nails and cross-halving for timber elements
connection

3.3 Field investigation in Sinaia area

Figure 19: Overlapping of columns along the height of the
upper story

Sinaia city is famous for its heritage buildings. The
Peles Castle (Fig. 18) dates since 1914 when its
construction was finished. For building the castle,
workers from Germany and Austria were enrolled, to be
able to achieve the Fachwerk architecture that was
designed by the architect.

After finishing the castle’s construction, the workers
remained to live in the area, this explaining the specific
architecture that can still be seen nowadays (Fig. 20)
[personal communication], although new houses are
made of other materials. The workmanship with
corresponding construction details got lost in time and
the current seismic design code does not allow
construction of this type of house anymore, due to lack
of design method for such a building.

6
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Figure 20: Residential house in Sinaia city, having
Fachwerk architecture

Figure 22: Specimen S2 (from type 2) - timber and earth with
straw infill structure: 1 – inferior stringer; 2- superior
stringer; 3 – column; 4 – timber strips; 5 –earth and straw
infill; 6 - iron nails connections of strips and cross – halving
connections of timber elements (columns and stringers)

4. PROPOSED TEST SPECIMENS
Based on the field investigations, it was decided to test
two specimens from each structural type identified. The
test specimens will have the dimensions as in Fig. 21,
Fig. 22 and Fig.23.

Figure 23: Specimen S3 (from type 3) - timber and
wattle&daub infill structure: 1 – inferior stringer; 2- superior
stringer; 3 – column; 4 – wattles; 5 – daub (earth and straw
infill role); 6 – iron nails and cross – halving connections of
timber elements (columns and stringers)

Figure 21: Specimen S1 (from type 1)- timber and brick
masonry infill structure: 1 – inferior stringer; 2- superior
stringer; 3 – column; 4 – masonry infill; 5 – iron nails and
cross – halving connections of timber elements (columns and
stringers)

4.1 Technical description of specimens
Timber skeleton for S1 and S2 specimens is composed
by vertical (columns), horizontal (stringers) and bracing
timber elements (pinewood) with 12x10 cm cross section
(generally). Specimen S1 has masonry infill (bricks
24x11.5x6.3 cm and lime & cement mortar). Specimen
S2 has earth and straw infill and specimen S3 has wattle
and daub infill (huzel or willow wattles).
The maximum in-plane dimension of specimens it is
300 x 240 cm, and the scale was slightly reduced so they
can fit into the reaction frame.
The connection will be mortise-tenon type with nails
for the bottom ones and for the upper ones cross –
halving type with nails will be used (Fig. 24). The brick
will be traditional one, made from the special clay from

7
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Viperesti area quarries. The bracing will have an angle
of 45o.

Axial load will be applied at the top of the wall, with the
amount corresponding as much as possible to the real
situation, representing the roof’s weight.

5. CONCLUSIONS
As it was observed in other countries, after important
earthquakes, most of the infilled timber frames are
resilient enough so they protect the lives of their
inhabitants. For this reason, the field investigation is of
tremendous importance in Romania, being one of the
most seismic affected countries in Europe. The field
investigation aimed at finding the characteristics of the
specific infilled timber frames in Romania and further be
the base of an experimental and analytical study.
Another finding in this field investigation was the
confirmation that the reason of choosing the structural
system of Peles castle and surrounding residential houses
with timber frames and clay brick masonry infills was
not for seismic reasons, but architectural.

Figure 24: Mortise-tenon and cross halving connections

4.2 Test setup description
Tests will be conducted on a reaction frame in a static
cyclic regime. Test setup is shown in Fig. 25. The
CUREE Caltech loading protocol [14] developed for
timber frames will be used (Fig. 26). The choice of the
protocol is made considering that residual deformation
has a significant influence on timber frames and also to
be able to compare the test results with the previous
experiments.
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EFFECTS OF IN PLANE STRENGTHENING OF TIMBER FLOORS IN THE
SEISMIC RESPONSE OF EXISTING MASONRY BUILDINGS
Ro

rto S otta1, Da id Trutalli2, Lu a Mar hi3, Lu a Po a4

ABSTRACT: In this work, the influence of two in-plane stiffening and strengthening techniques of traditional timber
floors realized with single layer of boards in the seismic response of existing masonry buildings is investigated via
numerical approach. Two retrofitting methods have been considered: addition of 45° inclined timber boards and
addition of a RC slab. The dynamic behaviour of a two-storey case-study building subjected to various seismic shocks
has been analysed via non-linear finite-element modelling, in order to compare the effects of the adopted retrofitting
methods. All the mechanical parameters introduced in the model were calibrated from experimental data obtained from
literature. The 3D model takes into account the hysteretic behaviour of masonry and floors and allows to estimate the
type of failure and the corresponding PGA.
KEYWORDS: Timber floors, strengthening, in-plane stiffness, seismic retrofit, masonry buildings

1 INTRODUCTION 123
The presence of traditional buildings made of unreinforced masonry (URM) with timber floors composed
of single boards in seismic-prone areas has promoted the
development of various retrofitting and upgrading
techniques, with different efficiency levels. If subjected
to seismic shocks, masonry walls undergo out-of-plane
or in-plane failures: the former is due to excessive
deflections of diaphragms or insufficient connection
between floors and walls; the latter can be characterized
by rocking or shear (with diagonal cracking or sliding on
plane of mortar joints) [1]. In both cases, diaphragms
have fundamental roles in connecting walls among them
and transmitting lateral loads. The retrofit of floors and
roof in existing masonry buildings ensures an adequate
in-plane stiffness, necessary to avoid large out-of-plane
displacements of walls, and, therefore, the collapse of
portions of masonry due to overturning mechanisms [2].
Therefore, the increase of in-plane stiffness and strength
of floors and roof is normally assumed as an
1
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and
and
and
and

improvement of the global seismic response of the
building.
Timber floors of traditional URM buildings are normally
composed of massive timber beams and a single layer of
nailed boards arranged perpendicular to the beams.
Various methods are available to improve the in-plane
stiffness and strength of this type of floor: application of
a second or also a third layer of timber boards arranged
at 90° or 45° with respect to the first; application of
timber panels (plywood, CLT, OSB…) above the
existing planks; use of diagonal bracing system realized
with steel plates or FRP strips; use of a normal or
lightweight concrete slab reinforced with a welded wire
mesh with or without connections with the floor
underneath. Most common technologies and their details
are summarized in [3-4].
The RC slab connected to the existing timber beams has
been widely used in the past to stiffen and strengthen
existing floors in their plane and out of plane and is also
used nowadays. In the original applications [5],
connection between timber beams and concrete slab was
obtained with L-shaped rods fastened with epoxy to
timber beams. Nowadays, different types of metal
fasteners, notched shear keys or perforated plates are
used to assure the connection between the two materials
[6]. Another widely known method, which is a more
compatible, lighter and reversible alternative, consists of
the application of a second layer of timber planks above
the existing one, fastened to timber beams. The
additional layer is typically placed with an angle of 45°
or 90° with respect to the existing one and can be further
strengthened by a third one. The application of the
additional layer of boards at 45° obviously implies a
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marked increase of in-plane stiffness of the floor with
respect to the 90° arrangement; this is due to a less
deformability of triangular meshes of boards than
quadrangular ones. In this technique, type, arrangement
and spacing of connections among timber members have
to be suitably designed.
The actual in-plane stiffness of wooden floors with
different strengthening methods and their non-linear
behaviour have been studied by different institutes with
experimental tests (e.g., [4,7-8]) and numerical models
have been performed to evaluate the seismic response of
entire buildings (e.g., [9,10]). However, some
strengthening methodologies have recently demonstrated
to be inadequate or, in some cases, unfavourable [4] and
the effectiveness of the design of such refurbishment
techniques remains an open issue.
In this work, a case-study two-storey building has been
modelled numerically. Two methods have been
considered to retrofit the diaphragms of the building.
They are among the most largely applied in the
retrofitting practice of URM buildings as they imply a
marked increase of in-plane shear stiffness of the
existing floor. The first one consists of the addition of a
45° inclined second layer of timber boards fixed with
screws to existing beams (hereafter called etho
).
The second one is based on the use of a lightweight RC
slab connected to the timber beams by means of studs
( etho ). In both cases a proper connection of floors
to surrounding walls is assumed, i.e., out-of-plane and
in-plane slips of the walls with respect to the floors are
avoided.
The alteration of the seismic response of the case-study
building has been evaluated and critically discussed. A
comparison between the original building and that with
floors retrofitted with the two methods is given in terms
of forecasted seismic response and failure modality.

respect to the single boards and fixed to the beams with
6x90-mm wood screws (from 2 to 4 screws per
intersection). The RC slab ( etho
) is 50mm thick
and is reinforced with 6-mm diameter rebars (mesh
200x200mm). Connection between timber beams and
RC slab consists of 14-mm diameter L-shaped steel bars
spaced 20-30cm glued with epoxy resin [4,13].

(a)

(b)

2 CASE STUDY BUILDING
A 3D numerical model of a two-storey building (Figure
1) was implemented. It is composed of three twin
masonry walls (two façades and an interior wall) parallel
to the imposed seismic direction and two timber floors.
The building is perfectly regular in plan, with
dimensions of 13.50x10.00m and inter-storey height
equal to 3.00m. Each wall has five masonry piers, with
vertically aligned openings. Mass and vertical loads have
been computed according to seismic combination of EN
1990 [11] assuming live loads equal to 2.00kN/m2.
Translational point masses have been arranged in the
floor nodes according to the relative afferent areas
(Figure 1d). Wall mass has been condensed at floor
levels too.
The details and deriving mechanical characteristics of
the masonry tested in [12] (thickness equal to 38.0cm)
and of the floors tested in [4,13] have been assumed. The
existing floor (simple boards) is realized with a single
layer of 20x3cm C22-class timber planks nailed
orthogonally to 18x18cm GL24c-class timber beams
having spacing of 50 cm and connected with 4 nails per
intersection [4,13]. etho
consists of a second layer
of 30-mm thick timber boards arranged at 45° with

(c)

(d)
Figure 1: Case-stu y uil ing a plan ie
ront ie
c a onometric ie
etail o mass arrangement
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2.1 STRUCTURAL MODEL
The numerical Finite-Element (FE) model of the casestudy building was implemented into the researchoriented numerical code “Open System for Earthquake
ngineering imulation - OpenSees” [14] assembling
linear and non-linear elements (Figure 2), calibrated on
the basis of cyclic-loading tests available in literature.

(a)

(b)
Figure 2: inite lement mo el o the case-stu y uil ing a
ie s o the mo elle uil ing
etail o the loor mo ule
m

modules: the lower one su -mo ule
has dimension
1.50x2.00m, the upper one su -mo ule
is
1.50x1.00m.
pan rel mo ule has dimension of
1.50x1.00m and is placed between two su -mo ules
(Figure 3). u -mo ule and span rel mo ule have nonlinear elements as diagonals, which simulate the
possibility of failure due to diagonal cracking herea ter
calle
iag shear elements The adopted non-linear
model for the iag-shear elements is a symmetric elasticplastic model with post-elastic softening branch and
imposed failure displacement.
Additional non-linear elements were also placed to
connect modules among them and with foundation, as
follows (see Figure 3):
- Vertical axial elements rocking elements at the
corners of each pier sub-module to simulate the
rocking behaviour, i.e., to simulate compressive
strength of masonry (compression-only elastic
perfectly-plastic behaviour with ultimate failure
strain);
- Transversal elements sli ing elements under each
pier sub-module to simulate the possibility of sliding
failure (symmetric elastic perfectly-plastic behaviour
with imposed failure strain);
- Horizontal axial elements a ial span rel elements
connecting su -mo ules with span rel mo ules to
simulate possible localised vertical cracks due to
tension stress;
- Transversal elements trans ersal span rel elements
connecting su -mo ules with span rel mo ules to
simulate possible sliding due to shear stress.
To allow spandrels to work properly in their plane, the
presence of a pre-stressed perimeter steel tie at each
storey was assumed and modelled as an equivalent
external compression force.
The mechanical parameters of the non-linear springs
representing the masonry piers were calibrated by
replicating experimental tests available in literature on
specimens showing different failure modes [12].
Figure 4 shows the correspondence between calibration
numerical results and experimental data for a specimen
characterized by diagonal shear failure.

Both the URM panels and the horizontal diaphragms
were modelled as lattice modules composed of outer
elastic truss elements and non-linear springs as diagonals
accounting for shear behaviour. Each masonry module is
connected with the surroundings and the foundation by
means of non-linear uniaxial springs accounting for
rocking and shear sliding failures respectively. Masonry
modules are connected to adjacent floor modules with
rigid hinges.
2.1.1 Masonry mod l
The modelled piers and spandrels are able to simulate
the actual hysteretic behaviour and failure of masonry
(i.e., rocking, diagonal cracking or sliding) thanks to the
use of hysteretic material laws with the possibility of
representing hardening and softening branches, zerotensile strength and failure condition.
Each module representing masonry piers (Figure 3) has
dimensions 1.50x3.00m and is composed by two sub-

Figure 3: etail o the masonry mo el su mo ules, elements
connecting
all su -mo ules an
e ui alent e ternal
compression orces
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Figure 4: umerical ali ation o masonry mo el numerical
results in re colour superimpose on test ata rom

2.1.2 Dia hra m mod l
The calibration of the non-linear parameters for all the
three floors considered (simple boards, retrofitting
methods A and B) was conduced to reproduce the actual
hysteretic behaviour obtained from quasi-static cyclic
loading tests [13] according to EN 12512 [15] of real
specimens having the details described above.
In the first modelling phase, the tests were numerically
reproduced subdividing the specimens (4.00x5.00m) into
four modules of dimensions 2.00x2.50m, composed of
stiff elastic truss elements at the perimeters and a single
non-linear diagonal spring for each module. Pinching4
model proposed by Lowes and Altoontash [16] and
available in OpenSees library was used to simulate the
actual in-plane hysteretic behaviour of the floors
characterized by the well-known pinching phenomenon
typical of dowel-type fasteners embedded in timber
members and cyclically loaded in shear (nails, screws
and dowels). In addition, the possible asymmetric
hysteresis behaviour was taken into account with the
model. This modelling strategy has already been used in
literature to simulate the non-linear behaviour of
deformable timber shear walls (e.g., [17]).
Not only the fitting of forces and displacements of
backbone curve and of pinching cycles was assessed, but
also that of dissipated energy in hysteresis cycles, in
order to prove the correspondence between experimental
evidence and numerical results (see Tables 1 and 2).
Figure 5 shows the good accuracy of this calibration.
The second phase implied the extension of the model to
the actual size of case-study floor. Smaller modules of
0.75x1.25m were used to better distribute the floor
masses concentrated in the floor nodes and to fit the
discretization used in the wall modelling (see Figures 1
and 2). The non-linear spring parameters were therefore
modified accordingly.
Table 1: Cali ration o loor mo els orces an

isplacements

Floor type

Ultimate
displacement
du [mm]
208.0
46.0
12.5

Existing floor
etho
etho

Structural
mass
[kN/m²]
0.46
0.58
1.83

Ultimate
force
Fu [kN]
222.0
370.0
385.0

(a)

(b)

(c)
Figure 5: Cali ration o loors numerical results in re
colour superimpose on test ata rom
a imple loor
metho
c metho
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Existing floor
etho
etho

Experimental
dissipated
energy Ed,e [J]
11716
7805
10109

Numerical
dissipated
energy Ed,n [J]
11110
7187
9571

issipation

Ratio
Ed,n/Ed,e
95%
92%
95%

3 RESULTS
FROM
NUMERICAL
ANALYSES AND DISCUSSION
Several time-history analyses (NLDA) varying the type
of floor and the seismic signal have been performed.
Results in terms of failures, displacements and
corresponding PGA have been analysed to obtain a
comparison between the two retrofitting techniques and
the existing floor.
For each configuration, incremental dynamic analyses
(IDA) with increasing PGA level were conducted to
obtain the near-collapse PGA, hereafter called PGAu.
The failure condition has been defined as the first failure
of a nonlinear element, i.e., the achievement of its
ultimate displacement.
In new buildings, the evaluation of PGAu by means of
IDA allows to estimate the most suitable behaviour
factor value (q-factor) [18] by applying the procedure
proposed by Ceccotti and Sandhaas [19]. Such procedure
needs the definition of the design PGA (PGAd). In the
case of existing buildings, the PGAd is undetermined.
Therefore, only a comparison in terms of PGAu values
among case studies is hereafter given. However, this
comparison is useful to assess which type of floor allows
the building to reach the highest seismic shocks.
A total of seven artificial earthquakes [20] were
generated respecting the spectrum compatibility
requirements according to the elastic response spectrum
for building foundations resting on type A soil (rock soil,
corresponding to S=1.0, T B=0.15s, TC=0.4s TD=2.0s), qfactor=1, and building importance factor γI=1, according
to Eurocode 8 [18].
The total mass acting on the floors (derived from dead
and live loads) was calculated for each of the three casestudy buildings, taking into account the different
structural mass proper of each retrofitting method. The
mass of the masonry walls was condensed and assigned
to the nodes connecting floor and walls. The
translational mass of masonry and floors was modelled
only to simulate the effects of the horizontal dynamic
excitations. Vertical loads were applied to the upper
nodes of the masonry walls to reproduce gravity loads.
3.1 MAIN RESULTS OF NLDA
Figure 6 shows the displacement histories between 7 and
12 sec (total duration of seismic action was 25 sec)
obtained from the NLDA under seismic signal TH1 at
respective PGAu level, different for each configuration.
The displacement history of the middle node of the first
floor is compared with the displacement of central and
lateral walls at the same level.

From Figure 6 it is evident the effectiveness of the two
strengthening techniques
in
limiting
in-plane
deformation of floor and therefore in distributing equally
the seismic loads among walls. In the un-strengthened
building, the peak horizontal displacement of the floor is
two and a half times higher than that of lateral wall. If on
one side such displacement values might lead to out-ofplane failure of the orthogonal masonry walls, on the
other side it can be expected that the shear deformation
of the floor could contribute to the dissipative capacity
of the building. In any case, for the un-strengthened floor
at the PGAu=0.60g the maximum out-of-plane drift at
ground floor is about 27 mm, i.e., 0.9% of the interstorey height, a value which does not represent a real
risk of failure of overturning for masonry walls.
For both the simulated retrofitting solutions, the same
displacement history has been obtained for floor and
walls, i.e., the strengthened floors act as rigid
diaphragms.
Figure 7 gives the top displacement versus base shear
hysteresis cycles for each wall for the same NLDA (TH1
at PGAu level). It demonstrates that in all cases the wall
failure condition is attained for diagonal cracking of
masonry piers.
The slight different strength between central and lateral
walls is imputable to the different axial load level, which
affects the in-plane strength of the wall.

Displacement [mm]

Floor type

loor mo els energy

30
Floor
25
Lateral wall
20
15
10
5
0
8
9
10
-5 7
-10
-15
-20
-25
PGAu = 0.60g
-30
Time [s]

Central wall

11

12

(a)

Displacement [mm]

Table 2: Cali ration o
comparison

30
25
20
15
10
5
0
-5 7
-10
-15
-20
-25
-30

Central wall

Lateral wall

Floor

8

9

10

PGAu = 0.42g
Time [s]
(b)

11

12

30
25
20
15
10
5
0
-5 7
-10
-15
-20
-25
-30

Central wall

800

Lateral wall

600

Floor

400

8

10

9

11

Force [kN]

Displacement [mm]
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(c)
Figure 6: umerical results hori ontal isplacement s time
o loor an
alls at irst storey a
isting uil ing
etho
c etho
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-600
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(c)
Figure 7:
lateral an
uil ing

umerical results orce- isplacement cycles o
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The numerical results presented in the previous section
showed the effect of the in-plane stiffness of diaphragms
in the relative displacements between walls and floors.
Results were further analysed and averaged over the
different seismic signals to assess the effects of the floor
strengthening.
In each analysis, the failure of the structure, from which
PGAu values were defined, occurred at the iag shear
elements of masonry piers, which simulated the diagonal
cracking of the masonry sub-modules. In the building
with the simple floors, these failures occurred in the
lateral walls, which are subjected to lower vertical loads,
whereas for the retrofitted solutions, failure occurred
simultaneously for all three walls. Figure 8b
demonstrates that, for the respective mean PGAu, the
diagonal shear failure of lateral walls was reached at a
constant drift value of about 0,35%.
As confirmed by Figure 8a, the building with
unreinforced floor is the only one that demonstrated
large displacements, performed plastic deformations and
dissipated energy at floors (Figure 6a), whereas both
buildings with retrofitting methods A and B were
characterized by no appreciable shear deformation of
floors (Figures 6b, c), i.e., floors remained elastic.
Therefore, in the two retrofitted buildings, the energy
dissipation capacity is localized only in masonry piers,
as can be seen from Figures 7b and c. Furthermore, the
seismic floor mass involved in etho
is higher than
etho , leading to higher seismic loads.
All these evidences have great effects on the PGAu
values derived from the analyses and summarized in
Figure 8. Figure 8c shows that mean PGAu value
obtained for the building with un-strengthened floors is
0.61g. It decreases to 0.43g with method A (double layer
of timber board) and falls to 0.39g with method B due to
the increased seismic mass of the added concrete layer.
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This work presents a modelling strategy to simulate the
non-linear behaviour of masonry buildings with simple
or strengthened timber floors. Such models have been
used for the prevision of how the seismic response of a
masonry case-study building is modified by different
rehabilitation techniques of the timber floors.
In contrast to common expectations, the comparative
analyses have shown that the seismic capacity of a
traditional masonry building decreases if a retrofitting
method leading to floor stiffening is adopted. Analysed
retrofitted buildings have withstood earthquakes with
lower intensities than un-reinforced one, i.e., the two
applied retrofitting strategies have worsened the seismic
performances. These results suggest that interventions
aiming to strengthen the floors actually can impair the
seismic capacity of a structure affecting its dissipation
capacity.
Actually, a deformable floor acts as a dissipative damper
interposed between the floor mass and the resisting shear
walls. The increased oscillation period and dissipation
capacity produce a reduction of seismic forces on
resisting walls.
The deformability of the single board floor increases outof-plane displacement of the walls orthogonal to the
seismic action. Perhaps, the drift level attained for the
PGAu level, which leads to diagonal shear failure of
shear-wall, is not excessive.
It has to be highlighted that these conclusions are
consistent only with the assumed hypotheses and the
geometry of the studied building; therefore, this
statement cannot be generalized at the current stage of
the research.
The consequence of diaphragm deformability still needs
to be investigated in the case of in-plan irregular
buildings, where the demand of seismic load
redistribution among shear walls is increased.
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Contrary to the commonly accepted expectation, these
results seem to demonstrate that the interventions aiming
to strengthen the floors actually lead to a reduced overall
dissipative capacity of the structures and this implies a
reduced seismic capacity.
The deformability of the single board floor allows for a
greater out-of-plane displacement of the walls
orthogonal to the seismic action. Perhaps the drift level
attained at PGAu, which leads to diagonal shear failure
of shear-wall, is not excessive.
Actually, the deformable floor acts as a dissipative
damper interposed between the floor mass and the
resisting shear walls. The increased oscillation period
and dissipation capacity produce a reduction of seismic
forces on resisting walls.
Perhaps, the consequences of diaphragm deformability
still need to be investigated in the case of in-plan
irregular buildings, where the demand of seismic load
redistribution among shear walls is increased.
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Another important outcome of this work is that
traditional timber floors with single boards stiffened with
the addition of a 45° second layer of timber boards fixed
with steel screws, as alternative to the use of a 50-mm
thick lightweight RC slab connected to the timber beams
by means of studs, can be properly considered as
infinitely stiff in their plane and modelled accordingly.
This has been proved comparing displacements
measured in different control points of the building
during the time-history analyses.
Further works are needed to generalize the obtained
results to a larger set of case-study buildings and in
particular, to in-plan irregular buildings and to more
refined models, which consider the behaviour of the
walls perpendicular to the seismic direction.
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USE OF TIMBER ELEMENTS FOR REINFORCED CONCRETE
BUILDINGS SEISMIC RETROFITTING AND COMFORT
REHABILITATION
Alberto Viskovic1, Donatella Radogna2, Maria Cristina Forlani3, Manuela Romano4.

ABSTRACT: This paper deals with the use of wood for the seismic retrofitting of reinforced concrete framed

structures with frames in filled with brick masonry.
We report the study for the design an innovative closing and partition systems to improve the structural and
energetic performance of a building in the course of a redevelopment interventions.
The proposed solution foresees the substitution of the masonry infilling with a wooden infilling in different
typologies of panels. This solution brings not only to an important improvement in the seismic building
behaviour, but also improves the use possibilities and the energetic performance of the buildings.
KEYWORDS: Timber cross laminated panels, Masonry panels, Seismic Retrofitting, Comfort Retrofitting, Reuse.

1 INTRODUCTION 123
1.1 THE ROLES OF MASONRY INFILL WALLS
IN AN EARTHQUAKE
It is well known as, after each earthquake, a lot of the
reinforced concrete structures are temporarily not usable,
because of the damages to the brick masonry panels used
for the filling of the frames on the facades and for the
internal partitions, also if the main r.c. structures are
undamaged.
Many times these panels collapse also, causing injuries to
the people inside and/or outside the buildings.
These damages are due to the weakness and the
brittleness of the masonry panels average quality. But
when the masonry panels are stronger than the average,
they may be very dangerous also for the r.c. structure
itself, because they may cause shear damages to the
reinforce concrete pillars, compromising the r.c. frame
global stability.
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The direct observation of the seismic disasters in the
Italian territory, in particular the L’Aquila earthquake of
the 2009 and the Emilia Romagna one of the 2012,
contributed to explain the role that the not bearing panels
have in the overall seismic response of the bearing
structures and in the definition of their damages.
The most recurring collapse phenomena that can be
attributed to the not bearing walls effect on the reinforced
concrete framework, surveyed in the considered cases of
this study are:
- the formation of horizontally deformable plan
mechanism, above all in the lower and intermediate
floors, due to the irregular vertical distribution of the not
bearing panels;
- the detachments of the panels from the framework and
their fall;
- the localized and fragile breaking of some bearing
elements due to the presence of irregular opening in the
not bearing panels;
- the crisis of the structures with a regular distribution of
the bearing elements and an irregular position of the not
bearing panels;
- the pillars plastic deformation due to the presence of a
considerable traction (and shear) stress caused by the not
bearing panels.
The principal causes of these collapse phenomena can be
attributed both to the inefficient connexion between the
not bearing panels and the bearing framework, for the
equilibrium drop out of the plan, and to the brick
mechanical characteristics (the high fragility increase the
vulnerability in respect to the seismic stress).
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A recurring and important designers’ error is not to
consider the not bearing panels as structural secondary
elements, disregarding in the calculation phase their
resistance and stiffness contribution and considering only
their mass.
Indeed, the presence of the not bearing panels
considerably modifies the building behaviour under the
seismic actions (in terms of lateral stiffness and of
resistance to the lateral loads) contributing to the
stiffening, to the capability of dissipating energy and to
trigger local and overall collapse mechanisms.
In the case of buildings made up with framework and not
bearing closure and partition walls, the acting strength
distribution results substantially different from that
observable on a “bare” framework, and this fact causes
stresses, not foreseen in the calculation phase, (because of
an irregular distribution of the overall stiffness) that spoil
an “ideally” correct structural conformation.
The reason of a such difference is that the bare
frameworks are designed according to the “capacity
design” criterion, that is to say searching a “resistances
hierarchy”: with reference to flexional outputs, they are
studied ductile structures concentrating the plastic hinges
in the beams extremities (strong columns, weak beams),
meanwhile in the in filled frames, in the wall panel it
takes place the “equivalent compressed element”
mechanism, that creates an upwind effect and induces
traction in the pillars (passing from a compression and
shear stress to a traction and shear one, certainly more
unfavourable), with the consequent collapse mechanisms.
Moreover, the not bearing panels breaking mechanisms,
observable in laboratory, are very various but are all
ascribable to some fundamental modes: a) diagonal
traction, b) sliding, c) local crushing of the wall edges, d)
diagonal crushing of the panel.

2. THE SYSTEM DESCRIPTION
The design solution, proposed in our research, foresees
the substitution the masonry infill with wood panels
inside the r.c. frames or steel frame, to improve the
structural, energetic and use performance in building
redevelopment interventions or new construction.
In accordance with the more recent Italian and European
Codes’ requests, we propose solutions to improve the
behaviour in respect to the seismic risk, to reduce the
building energetic consumption and to optimize the
spaces use possibilities thanks to flexible systems.
We foresee that some timber panels are fixed (those
stabilizing the reinforced concrete frame) and some are
movable.

Figure 1: Some surveyed walls damages during the
reconnaissance after the L’Aquila earthquake.

Figure 2: The not bearing brick walls behaviors.

Figure 3: The distinction among the fixed timber panels with
structural function (
) and movable vertical closure panels
(
) or partition walls with non-structural function (
).
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The stabilizing fixed panels are made by cross laminated
timber panels.
The stabilizing fixed panels are made by cross laminated
timber panels.
The movable vertical closure panels are made by light
wooden insulated closure walls to contribute the energetic
consumption reduction and by light wooden partition
walls able to give the spatial flexibility.
The use of the cross laminated timber panels and the light
wooden panels allow to realize “dry-assembled”
solutions. These solutions are appropriate to design
flexible spaces that can change according to users’ needs.
Light dry-assembled elements can be disassembled and
re-assembled in different positions giving differently
dimensioned and shaped spaces.
Thus, more generally, the wooden panels are able to
stabilize the existing frame and, at the same time, to
improve the use possibilities and the energetic
performance of the buildings.

counter wooden frame connected by forced wedges and
blocked by steel screws (Figure 7).
The correct execution of the construction details,
concerning the connections between timber panels of the
bracing infill and the r.c. frame is very important to
ensure the effectiveness of the proposed solution.

Figure 5: Some surveyed damages in the settlement of Preturo.

Figure 4: The x-lam panel behaviours.

3.THE CASE STUDY: THE PRETURO
HOUSING (AQ)
The requalification project of the settlement of Preturo
(near L’Aquila, Italy) has symbolized an important case
study to test the applicability of the technology proposed,
showing as this system is particularly adequate for the
improvement of seismic behavior of structures and energy
behavior of buildings envelopes.
The residential settlement of Preturo, consists in five
buildings on line, three or four floors high, characterized
by a structure made by masonry in filled r.c. frames.
The buildings revealed an advanced degradation of the
technological systems, caused by L'Aquila earthquake in
2009, with important damages in many technological
units (closures and partitions). This fact allowed a
considerable predisposition to the transformation of the
buildings.
The the cross laminated timber panels (X-lam type) for
closures and partitions that contribute to the structural
behavior are placed symmetrically (with reference to the
requests of the Codes and the good design practice) to
guarantee a correct distribution of the stiffness against the
horizontal shear actions and to maximize the overall
torsional stiffness in such a way to limit the torsional
modes (Figure 6-8).
The solution studied, consist in the insertion of a wooden
panels into the r.c. frames through a wooden frame and a

Figure 6: Placing closure and partition walls with structural
function
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3.1 STRUCTURAL ANALYSIS

Figure. 7: An r.c. frame with a wooden panel

Figure. 8: Placing closure and partition walls

The numerical analysis allowed us to observe the
different dynamic behaviour of the structure stressed by
seismic action and to evaluate the benefits that the cross
laminated timber panels technology can offer to
reinforced concrete framed structures.
The linear dynamic analysis with response spectrum
acceleration, allowed to compare, in terms of max
deformations and participant masses, the behaviour of
reinforced concrete frames in filled with masonry infill
(figures 9 and 10, respectively with action in longitudinal
and transversal direction) with the behaviour of reinforced
concrete frames in filled with timber cross laminated
panels (figures 11 and 12, respectively with action in
longitudinal and transversal direction)
The evaluation of the structural load observed in the two
numerical models have revealed the improvement
contributions in terms of reduction of the masses,
involved by a seismic action, with the proposed solution.
In the model studied with cross laminated timber panels
we observed a drastic reduction of the dead load with a
significant reduction of seismic shear on the building and
then in an equally significant reduction (up to around
72%) of the displacement effects.
In the same models it was then evaluated the different
stress state of the pillars with the two different types of
panels (referred to figures 13 and 14, respectively with
regard the brick panels and with regard to the cross
laminated timber panels), observing as the insertion, in
one or more fields of the frame of the structure, of cross
laminated wood panels, in contrast and without any
detachment along their whole perimeter, contributes to
the structural behaviour improvements in terms of
reduced bending and shear stresses.
More precisely, in the case of the model with infill panels
of cross laminated timber, the pillar bending stress state
for earthquake in X direction, show a stress reduction of
approximately around 75% (recording a maximum
bending stress value of 4.01 N / mm2), respect to the case
of the model with brick infill (recording a maximum
bending stress value of 16,47 N / mm2).
The high flexibility of the X-lam panels (above all in
comparison with the brick walls) allows a good
dissipation of the seismic energy and, at the same time,
avoids fragile breaking (that is to say dangerous local
collapses).
The cross laminated timber panels have a higher tensile
resistance and a higher ductility in compression respect to
brick masonry.
Moreover, the wooden local “nearly plastic”
deformability, allows a larger distribution of stresses at
the interface with the r.c. frame, avoiding or reducing the
stresses concentration at the top or at the bottom of the
r.c. pillars.
Summarizing, the improvement of the seismic behaviour
is obtained by the following specific aspects:
a) improving the capacity of bracing in the vertical planes
of the infill walls;
b) deleting the brittle fracture behaviour of the infill
walls;
c) improving the capacity to dissipate energy from the
infill walls;
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d) reducing the possibility of damage to the pillars a.c.
structures, due to the infill;
e) eliminate dissipative elements of sacrifice in steel
structures;
f) improve the dissipation of seismic energy in the steel
buildings;
g) reducing the possibility of local infill collapses it is

reduced the possibility of modification of the building
global horizontal stiffness centre position, during an
earthquake, reducing the risk of not foreseen torsional
movements;
h) reducing the dead loads and thus reducing the masses
involved by a seismic action.

Figure 9: The displacement in the longitudinal direction (brick
panels), max value is 2,63cm.

Figure 12: The displacement in the transversal direction
(Timber panels), max value is 0,71cm.

Figure 10: The displacement in the transversal direction (Brick
panels, max value is 2,57cm).

Figure 13: Stress state in the pillars whit brick panels. For
transversal bending: max stress is 16.47 N/mm2

Figure 11: The displacement in the longitudinal direction
(Timber panels), max value is 0,73cm.

Figure 14: Stress state in the pillars whit timber panels. For
transversal bending: max stress is 4.01 N/mm2
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3.2 ENERGY AND ENVIRONMENTAL
CONSIDERATIONS
It is known as the wood, thanks to its physical and
biological characteristics, can be considered the best
resource to build healthy and comfortable spaces in
addition to that to sure.
The wood use, indeed allows to construct energetically
efficient shells and to reach the “passive building”
standards by using multilayer boards with very small
thickness, providing also more of internal usable surface
area than any other construction systems. Thanks to its
porous structure, in fact wood stores many heat pockets
and allows the construction of low energy demand
structures with optimum protection against winter cold
and summer heat.
The wooden panels, thanks to the natural insulation
qualities and the low thermal conductivity, contribute
actively in the insulation of the building envelope that
needs very little energy during heating (winter) and
cooling (summer), especially in the comparison to a
building with traditional construction system with brick
panels.
We verified as – with small thickness - it's possible to
have a passive building systems with an excellent
energetic performance in terms of thermal behaviour in
different operation outputs (winter dynamic /summer
constant) with excellent winter thermal insulation.
The transmittance value of the wooden panels results
indeed clearly lower than the law limit values and than
the average of the structures made of other materials, in
specific of the brick panels frame and infill panels.
Moreover, the global energetic performance of the
building with wooden panels, results very lower than the
building with brick panels.
The improvement of energy behaviour (of the building
envelope and the built environment) is obtained by
improving the following specific aspects:
a) obtaining transmittance values far below the regulatory
limits;
b) improving better thermal capacity of the infill walls in
the winter seasons;
c) improving the phase shift and attenuation values of
heat wave in the summer months;
d) improving breathability and thermal insulation
resulting in energy savings for heating and cooling of the
building;
e) reducing the conductivity and improving the thermal
inertia of the panels;
Moreover, the use of the bearing structure (the X-Lam
panels) and in the non-structural components (cladding,
insulation, ect.), from the point of view of sustainability,
refers to the use of a renewable and abundant material
coming from certificated forest, essential in protecting the
climate as it absorbs CO2. Considered the more and more
urgent needs of climate and environment safeguard, we
cannot ignore the ecological qualities of the wood that,
with a small CO2 footprint, results a very competitive
material in the building field, being a material coming
from natural renewable resources.

Figure 15: Proposed project.
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Table 2: X-Lam panel

Table 1: Brick panel

Layer
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[kg/m3]
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30

0,370

780

840 0,811

Insulation

14

0,041

200

2
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2000

Plaster
Total

[J/(kg
K)]

(m2 K)
/W

[cm]
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[W/(m K)]
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(m2 K)/W

Plaster
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0,041

155
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2500 3,415
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0,692
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14

0,041

155

2500

3,415

1

1,000

2000

1000
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Plaster

48

Unitary termal resistence

4,353

Total termal resistence [(m2 K)/W]

4,52

Termal trasmission

0,23

[W/(m2 K)]

Total

31

Unitary termal resistence

4,4

Total termal resistence [(m2 K)/W]

4,62

Termal trasmission

Figure 16: The Preturo housing: view present state.

[W/(m2 K)]

0,23

Figure 17: The Preturo housing: view state of the project.
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Figure 18: The Preturo housing: facade present state.

Figure 19: The Preturo housing: facade state of the project.

WCTE 2016 e-book | 4140

Figure 21: Type plan, state of the project.

Figure 22: Housing types, developed for the project.
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CONCLUSION
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DEVELOPMENT OF A SIMPLIFIED DESIGN SEISMIC-RESISTANT
METHOD FOR TIMBER MULTI STORY BUILDINGS
Peter Dechent1, Gian Carlo Giuliano2, Daniel Dolan3, Rodrigo Silva4, Jorge Crempien5,
José Matamala6, Gustavo Acuña7

ABSTRACT: This work proposes a prescriptive methodology for the predesign in a simple manner timber structures
up to 6 floors against seismic loads. The research is based on the analysis of structural models of archetypes oriented to
social housing with eccentricity controlled by a suitable selection of strength and stiffness with respect to the structural
axes. Through pseudo 3-D analysis of structural models of archetypes, and by identifying their dynamic behavior it is
possible to define simplified models that allow the realization of parametric studies in relatively short time, which
makes it attractive to use fragility curves for making decisions regarding design parameters. Response of models
monitored in order to achieve structures with structural axes of variable resistance in height, in order to achieve optimal
performance for various seismic records, so all resistant lines actively participate in the energy dissipation. The study’s
results ultimately suggest a proportional resistance for each level with respect to the first level response, which are
proportional to the weight of the building. An important result of this work is that it is possible to suggest a simple way
to design the system with seismic design coefficients, as an alternative to using the R-factor that reduces the elastic
spectrum. The proposed methodology also incorporates control over the relative displacements between stories. Each
seismic coefficient has been analyzed to meet performance targets proposed for timber structures, a condition that is
verified in this study using fragility curves.
KEYWORDS: seismic response, low-rise, wood, light-frame, shear wall, buildings.

1 INTRODUCTION 123
In countries like Japan, United States, Canada and
European countries among others, the study of timber as
a construction material is very advanced and it is used in
construction as a competitive alternative to other
materials. In the process of design, it is commonly
designed using the equivalent linear force method, with
satisfactory results (Breyer et al., 2007).
It is known from experience that timber structures have
good performance against earthquakes when they are
design under proven requirements. Although this
performance has been satisfactory in relationship to the
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life safety of people, it has not been in relation to the
damage that is experienced in the structural and nonstructural elements. Today, the height of timber
structures in seismic zones is limited to approximately
four stories in many countries. This is mainly due to the
lack of comprehension of the dynamic response of high
structures, but the restriction is also due to non-structural
limitations such as fire and considerations for nonstructural damage (Pang et al., 2007). In particular, in
Chile there is little knowledge about the seismic
response, and design methods for timber structures are
not calibrated to the specified performance objectives in
the Chilean building code. As Chile has significant forest
resources, it is clear that a positive projection in the
utilization of timber for middle-rise buildings in the near
future will be possible only if the understanding of
seismic resistant timber systems is increased and a new
code for timber design is created. In the last decade
important efforts have been made to develop seismic
design concepts based on timber structural performance
that was only been applied to steel and reinforced
concrete buildings. Even today there is an introduction to
displacement-based design procedures, but they still
show complexity in their application, that result in
resistance to adoption in traditional engineer offices. It
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can be said though that even the requirements of many
design codes for timber structures are not based on a
framework that it is well comprehended in a seismic
design philosophy. This means that designers are
completing designs without understanding the
mechanism of deformation and the load paths of timber
structures needed during a seismic event. The
combination of factors, plus the economical ones, have
limited the use of timber structures for construction of
mid-rise buildings and hence have reduced the economic
competitiveness of the timber industries relative to the
steel and concrete (Pang et al., 2007).
This paper will consider mainly the structural timber
shear wall type of structural system that uses shear walls
stiffened by OSB panels, on one or both sides (lightframe). The research corresponds to the development of
a prescriptive methodology to design timber buildings up
to 6 floors in height against seismic loads in Chile. The
research is based on the analysis of structural models of
different archetypes, with eccentricity effects controlled
by a suitable selection of the strength and stiffness for
the orthogonal structural axes. The research tries to
provide knowledge and tools for architects and engineers
to enable them to design following simple rules, while
ensuring a satisfactory performance objective, the
realization of prescriptive medium-height timber
buildings in areas of high seismicity. This methodology
can be considered as complementary to the current and
future design codes.
Through three-dimensional pseudo-dynamic analysis of
structural models of the archetypes, and by identifying
their dynamic response it is possible to define simplified
models that allow the realization of parametric studies in
relatively short computational time. This makes the use
of fragility curves, to make the decisions regarding the
design parameters, very simple.
The basic hypothesis is to develop the structural model
in each orthogonal direction of resistance that varies in
height. The model also insures that all lines of resistance
for each floor level actively participate in the energy
dissipation. Based on the study results, one can propose
the structural resistance for each of the upper levels in
relation to the first floor resistance, providing an
acceptable performance for buildings up to 6 floors.
A second important result of this work is the
introduction of seismic design coefficients to use as an
alternative to the Seismic Response Modification Factor
(R-factor), which reduces the elastic spectrum. The
seismic design coefficients provide a simple method to
design, but the method also incorporates control over the
relative displacement between floors. Each seismic
coefficient must be verified in order to meet performance
targets proposed for timber structures, a condition that is
verified in this study by using fragility curves.

2 CONSTRUCTIVE SYSTEM AND
MODELLING CAPACITY
The timber construction system based on sheathing
panels and studs is often used in North America, Europe,
and Japan (among other countries) in residential
construction of low and medium height. The seismicresistant system consists of shear walls and horizontal
diaphragms made of structural plywood or OSB panels.
The general configuration of a structural wall with a
reinforcement panel consists of the following
components:
- Double Studs at the ends of the wall.
- Intermediated Studs spaced at a predetermined distance
(less than 610 mm).
- Single or double plates (upper and lower horizontal
members).
- Sheathing panels of the same or different thickness
(plywood or OSB).
- A pattern of nails or screws at the panel edges and
interior, at a predetermined distance.
- Special anchors (not always used).
In buildings with shear walls based on panels, which
correspond to the analysed structures, the following load
path occurs: lateral load (seismic) acts on the horizontal
diaphragm of each floor, where much of the mass is
concentrated. The diaphragm transfers this load to the
shear walls as a distributed traction along the top plate at
the connection zone. The force is then transmitted from
the top plates to the sheathing panel through the
connection with nails or screws. Finally, the loads are
transferred to the bottom plate, then to the anchors and
foundations by shear, tensile, and compression (Breyer
et al., 2007). It is worth noting that the lateral load is
mostly resisted by the sheathing panel. Folz and
Filiatrault (1990, 2001) have shown through
mathematical models and tests that the contribution of
studs to the lateral capacity is negligible.
In summary, timber shear walls represent the essential
elements of the primary resistant system to lateral loads
on light-frame timber structures. A large number of
pushover and cyclic experiments on specimens of timber
shear walls have been conducted showing that the
response “force vs displacement” at the top is highly
nonlinear (Salenikovich 2000, Gatto and Uang, 2001;
Pardoen et al., 2003; Tissell et al., 1999). There have
been also many numerical models developed in the last
two decades, with one of the most widespread and
internationally accepted being the one proposed by Folz
and Filiatrault, 2001. This model allows modelling of the
hysteretic behaviour of timber shear walls and it is
incorporated into the program CASHEW which allows
the simulation of timber structures built with timber
shear walls. CASHEW was used in this research.
In the seismic design of timber structures, shear walls are
anchored to foundations and to each other on the upper
floors to prevent overturning and ensure a desired mode
of deformation, which is consistent with the deformation
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assumptions made in CASHEW where the shear wall
acts as a mechanism which deforms as a parallelogram
to the extent that the top of the wall is moved relative to
the bottom. The numerical model is able to predict the
load-displacement response at the top of the wall.

3 DESIGN ACORDING TO CHILEAN
CODE NCH 433 FOR SEISMIC
DESIGN
The design requirements using the Equivalent Linear
Force (ELF, or static) method explained in the Chilean
Seismic Design of Buildings Code, NCh433.Of96 was
modified in 2009 (INN, 2009) and 2011 by the DS 60
and DS61 committees, and considers forces that are
lower than those that would be expected at a major
earthquake, which forces the structure to respond in the
nonlinear range. Therefore, the structure should be
designed to have sufficient ductility to remain
structurally safe when forced to into the inelastic range
during a major earthquake. Currently the Chilean Code
uses a response modification factor (R-factor) of 5.5 if
the ELF method is used, but this factor does not have a
clear basis on how it was established in Chilean
legislation.
The method used to calculate the horizontal forces at
floor level consists of three steps. First, the base shear
acting on the structure is calculated. A percentage of this
base shear is then redistributed through the different
levels. Finally, the forces on the individual elements are
determined (panels, diaphragms, beams, etc.) which are
generated as a result of the seismic forces from each
floor level above the level being evaluated. The Chilean
code only controls the level of displacement for reduced
loads, and does not try to evaluate the inelastic
displacements. All structural systems in the Chilean code
ignore the inelastic response of the structure, with the
exception of concrete structures where the code was
modified due to the earthquake experienced on the
27/02/2010. The code has not been updated for timber
structures to estimate the true capacity of timber shear
walls or to estimate the inelastic deformations that the
structure will experience.
This paper proposes a seismic design coefficient together
with a distribution of resistance along height of the
building, which, used along with deflection target, will
satisfy the life-safety requirements of the code. In
principle this proposal is independent of a design
response spectrum.

4 RESISTANCE DISTRIBUTION
DEFINITION FOR AN OPTIMUM
PERFORMANCE
The distribution of resistance for the structure for
optimal horizontal resistance performance for each floor
is estimated so that the structure does not experience a
concentration of drift at one level. In other words, it is
assumed that a good seismic performance is obtained

when all shear walls in the building are actively involved
in resisting the seismic forces and provide energy
dissipation. After a series of nonlinear analyses with
simplified models using a series of seismic records, a
proposal for a resistance distribution in height (Dechent
et al, 2014) is made. Although this study has yet to be
extended to a wider range of seismic records that
account for various types of soil, the results show that
acceptable performance can be achieved. Analyses have
been performed on a plane concentrated mass model
capable only of shear deformations, varying the
resistance per floor until reaching in average response
close to the target displacements considered as optimal.
It is expected that in low-rise buildings, the component
for shear deformation will dominate over flexure.
However, so it is postulated that the results should not
vary greatly if flexural deformation mechanisms are
incorporated. The Sapwood program has been used for
performing multiple nonlinear dynamic analyses such as
time-history analysis (Pei and van de Lindt, 2007). Since
the objective of this work is to achieve a prescriptive
design, the condition that structures are regular and have
a low eccentricity has been imposed. This should be
expected in structures well designed from the structural
point of view, and even in structures that show certain
levels of eccentricity, but with a proper balance of
strength and stiffness along the different structural axes,
the building was modelled to be structurally regular.
A lumped mass model was considered for the model,
which was defined with equal mass on each floor except
the highest floor, which had only half the mass of the
floors assigned. This condition can be based on the
existence of a lightweight finish concrete on all floors
except the roof. This is a construction requirement that
has been imposed in recent years in Chile. This finish
concrete represents about 50% of the weight of the
building. With the plan dimensions of the building
known, an estimate of the mass of the floors using
construction-based experience was made. Then the
lateral resistance for each floor was assigned according
to the parameter α (shown in Equation 1), which is
defined as the shear capacity of the envelope curve of the
first level wall system, relative to the weight of the
building,



Qy

(1)

W

Where, Qy corresponds to the shear capacity at the base
of the structure and W is the weight, which can be
estimated using Equation (2):

W  (m  m  ....... 

m
)g
2
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Once α is defined, the resistance of the first level can be
determined, and the resistance of the upper floors are
determined relative to the bottom floor resistance. The
objective is to provide uniform drifts at all floors for the
different records analysed. These analyses have led to
the development of a preliminary proposal of the
distribution of resistance over the height of the building

WCTE 2016 e-book | 4145

(Salazar. 2012; Acuña, 2016), which is outlined in
Figure 1 below:

Figure 1: Preliminary Proposal of the Distribution of
Resistance over the Height of the Building

Capacity values analysed in the models were: α = 0.10,
0.20, 0.30, 0.40, 0.50, 0.70, 1.0. These values are
associated to different periods, from 0.3 s to 1.0 s, all
values are percentages to the initial stiffness of the
models.
Once the resistance that should be provided to the
building is determined, the designer must use the
database of strength and stiffness for walls to determine
a suitable combination of wall lengths that fit the
architectural floor plan for the project.
To evaluate the performance and define the α parameter,
it is proposed in this paper to limit the story drift ratio to
a value between 0.5% to 1% for frequent earthquakes.
The drift should be limited to 2% for design level
earthquakes and the story drift ratio should be limited to
3% for the maximum possible earthquake to be expected
in the earthquake zone. Collapse was considered to occur
when the model estimated the story drift ratio to reach
4% at any of the floors. This definition has yet to be
agreed by a committee of experts, because values that
have been established in this work are based upon the
drift limits used in other international codes. The lower
drift ratios proposed for frequent earthquakes are
intended to limit the economic losses produced.

5 SELECTION OF SEISMIC RECORDS
FOR ARCHETYPE EVALUATION
For performing multiple nonlinear analyses that are
required to test the architypes for the development of the
methodology, in the first phase of the project 264 records
from stations Chile were selected. The soil classification
for the sites is Site Class D and E, as defined in the
classification table of Article 6 of the Supreme Decree
61 (2011) of the NCh 433 Chilean code. The records
represented subduction earthquakes of varying
magnitudes. This type of soil was chosen because
observations of historic earthquakes above 7.5 Mw in
Chile resulted in damage to buildings built on these soils.

Later phases of the research will include similar analyses
using seismic records recorded on other types of soil. For
earthquakes on Soil Type E, there are only three seismic
records, but they are also included because of the
similarities in damage experienced to that experienced at
Soil Type D. The records have been grouped by
magnitude and are shown in Table 1. The groups are
defined as follows: G1 all earthquakes with magnitude
less than 5.5, G2 all earthquakes with magnitude
between 5.5 and 7.5, and G3 all earthquakes above 7.5
trying. These records represent the range of intensity,
duration and frequency content for ground motion that
might be expected for frequent and design earthquakes.
All records were obtained from stations in Chile, so they
can be considered real ground movements that
significantly affect buildings in Chile.
Table 1: Numbers of Earthquake Records, Grouped by
Magnitude, Mw

Soil Type
D
E
Amount of
Records

Mw≤5.5
152
0

5.5<Mw<7.5
84
2

Mw≥7.5
25
1

93

45

13

All recorded earthquakes greater than 7.5 may be
considered as design earthquakes, because the relatively
short history of recorded events makes it difficult to
classify them as the maximum that can be expected in
the region. For maximum credible earthquake both the
duration and amplitude need to be considered. However,
from the point of view of the accelerations that are
included in the fragility curves, it is possible to define
the level of acceleration that divides the design
earthquake and maximum considerable earthquake in
terms of seismic hazard studies.
The first results indicate that the level of shaking that
smaller earthquakes (magnitude 5.5) produce does not
cause movement that causes any structural damage. By
amplifying these earthquakes to achieve similar
accelerations to those produced by earthquakes of
magnitude greater than 7.5, it was observed that the
Arias Intensity (Arias et al., 1969) should at least be
doubled in regard to the latter, which allows the
deduction that there is no physical reason to include
earthquakes with a magnitude less than 5.5 in the
analysis. This also indicates that the fragility curves
obtained in this way, where the records of smaller
magnitude are amplified, are lower than those of
determined with earthquakes larger than 7.5. The
fragility curves obtained from Chilean records of various
magnitudes are shown in Figures 2, 3 and 4. The curves
were used to determine different levels of Drift in sixfloor building model of six levels with similar
characteristics to the building tested in the NEESWOOD
Project (van de Lindt, et al., 2010) The curves show a
probability of exceedance of a default drift ratio for a
certain level of performance versus ground level PGA
for a variety of records on Soil Type D. Clearly the
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records of magnitude greater than 7.5 lead to more
conservative fragility curves for the same level of PGA.
For this, reason and as a way to simplify the large
number of results, the fragility curves were developed
only for records for events with Mw > 7.5, causing a
conservative result for lower, more common levels of
acceleration.

6 RESULTS ANALYSIS
The results for the average drift obtained in a six-story
building with a base resistance level of 40% of the
seismic weight of the structure and a resistance variation
according to scheme shown in Figure 1 is shown in
Figure 5. All records considered in the analysis
correspond to earthquakes with Mw > 7.5 and can be
considered in the category of design earthquakes.

Figure 2: Fragility Curves for Mw≥7.5

Figure 5: Distribution of maximum drift

In Figures 5 the average drift for all records and the
standard deviation is presented. For the first level
resistance of 40% of the building weight, there are only
two records (CSCH_50087 and MAUL04R_50087) that
produce significant deviations in regard to the average,
however the drift levels are even lower than 2.5%, and
the distribution of resistance is acceptable. These records
that show anomalies and the results should be analyzed
to understand the underlying cause of the drift
concentration.
Figure 3: Fragility Curves for 5.5≤Mw≤7.5

Figure 4: Fragility Curves for Mw≤5.5

7 APPLICATION OF METHODOLOGY
ON AN ARCHETYPE
The architecture plan for the building that will be
designed using the prescriptive method is shown in
Figure 6. This is a typical archetype for social housing in
some regions of Chile. All walls with an aspect ratio
less than 2 are selected as structural walls. The model for
the building to be analyzed will have three resistance
levels defined for values of α of 0.3, 0.4 and 0.8. For
each value of α, the resistance of the first level is
determined using the base shear, and then the strength
distribution curve is used to estimate the resistance of the
upper floors. The fact that in designing the structures
there are variations between the actual resistance the
suggested values due to the physical configurations of
the walls, did not have a significant impact on the
results. This is because the inertial effects smooth certain
differences in the results and do not strongly affect the
concept that is presented in this paper. The resistance for
each floor is distributed to the walls of the plan with the
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aid of the resistance table and stiffness values calculated
for different nailing patterns and thickness of sheathing.
With this design, the building has a high probability of
reaching an acceptable performance. This design method
may be considered for adoption into the standard
NCh433. The designers can complete the design of
buildings in a simple and straight forward manner. The
design methodology should be verified for cases with
irregularity and other soil types to insure that the
distribution of resistance obtained is not less than the
required resistance for wind loads.

drift levels of 0.5%, 1%, 2% and 3%. These fragility
curves were developed for earthquake records with
magnitudes greater than 7.5. This results in conservative
curves for low PGA events due to the minor energy level
that such records hold, even when they artificially
achieve these levels of PGA.
From the observation of the different curves of drift vs.
PGA, it can be concluded that when the resistance of the
building is increased, here defined by the factor α, the
drift is reduced for a greater number of records. For
these same curves, it is possible to infer that there are
some records for which the drift abruptly increases when
a certain level of acceleration is exceeded. These records
should be analyzed in detail in order to determine
whether they should be eliminated from the study due to
special features that are outside the considered group of
ground motions. It is also demonstrated through the
fragility curves that as the factor α is increased, the
brittleness of the structure is reduced.

Figure 7: Drift vs PGA Curve for α=0.3

Figure 6: Typical Social Housing in Chile

Drift vs. PGA curves and fragility curves for the
resistance variation with height presented in Figure 1 are
presented in Figures 7-12. All models have the same
resistance variation with height and the distribution
matches the one that, on average, achieves a uniform
drift at all floors. Fragility curves were developed for

Figure 8: Fragility Curve: Probability of Exceedance vs PGA
for α=0.3
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Figure 9: Drift vs PGA Curve for α=0.4

Figure 12: Fragility Curve: Probability of Exceedance vs PGA
for α=0.8.

8 CONCLUSIONS

Figure 10: Fragility Curve: Probability of Exceedance vs PGA
for α=0.4

Figure 11: Drift vs PGA Curve for α=0.8

Curves for distribution of resistance with height in a
building were obtained in models of buildings of up to 6
stories, through which a preliminary seismic design was
facilitated by controlling the drift response of the
structure to achieve a uniform response. The results of
early studies suggest a minimum seismic design
coefficient between 10% -15% which is required to
achieve safety and serviceability objectives for all
possible earthquakes. This coefficient corresponds to the
minimum design base shear determined using the
allowable stress design method. The maximum strength
of each element is obtained by amplifying the values by
a factor of 3 approximately, which would represent the
maximum value of the load-deformation curve of a
horizontally loaded Wall.
Regarding the response modification factor, R, different
values were calculated using the design spectrum of the
Chilean code, depending on the period of the structure,
and they were validated by using the ATC-63 (FEMA,
2009) methodology for flat models. It was found that the
value proposed in the Chilean code, R equal to 5.5, for
the static analysis on the design of timber structures
based on shear walls, could be low and that the equation
defining R for modal analysis, could be conservative.
Therefore, it is recommended that this value and its
calculation for designing in Chile should be reviewed in
light of the results from this study. It follows that the
current code is overly conservative for the design of such
buildings. A factor equal to 6.5 could be considered for
use in the design of light-frame timber buildings up to
six stories, if the base shear values are greater than 10%
of the building weight.
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FINITE ELEMENT ASSESSMENT OF THE SEISMIC PERFORMANCE
OF THREE DIMENSIONAL BLOCKHAUS BUILDINGS
Chiara Bedon1, Giovanni Rinaldin2, Massimo Fragiacomo3, Salvatore Noè4
ABSTRACT: The paper investigates the structural response and vulnerability of Blockhaus buildings under seismic
loads. The typical Blockhaus systems consists of a series of linear timber members stacked horizontally one upon
another and interacting by means of traditional timber joints based on the effectiveness of carvings and contacts of
multiple surfaces. Native of forested areas, Blockhaus systems are widely used in daily practice for the construction of
wooden houses or commercial buildings also in earthquake-prone regions. However, no design provisions are given in
the Eurocode 8. In this work, a Finite-Element (FE) numerical investigation is performed on full three-dimensional
Blockhaus timber buildings subjected to seismic loads. A computationally effective FE-model developed in a previous
research is implemented in ABAQUS. In this model, a key role is played by nonlinear hysteretic springs used to
schematize the cyclic behaviour of the joints between perpendicular linear members and validated on cyclic
experiments of single joints. Nonlinear dynamic analyses are carried out for some building configurations of technical
interest. Preliminary estimations of the corresponding q-behaviour factor are also presented.

KEYWORDS: Blockhaus structural systems, nonlinear dynamic analysis, Finite Element investigation, seismic
performance, q-behaviour factor

1 INTRODUCTION 123AND STATE OF
THE ART
Despite the ancient origins, Blockhaus systems are used
in daily practice for the construction of wooden houses
and commercial buildings (Figure 1, [1]), and often
located in urban regions characterized by high seismic
hazard such as Japan, the Mediterranean, etc. These
structural systems are commonly obtained by placing a
series of timber logs, horizontally on the top of one
another, so as to form the walls. The interaction between
the basic timber components is generally provided by
simple mechanisms such as simple joints and contact
surfaces, and the use of metal fastener is reduced in them
to a minimum.
From a design point of view, the current available
standards for timber structures (e.g. [2, 3]) do not
provide analytical models and recommendations for an
appropriate verification of these structural systems,
especially under specific boundary and loading
conditions. The actual seismic behaviour and
vulnerability of timber log-wall structures under seismic
events still requires detailed investigations to properly
assess the effects deriving from the interaction of several
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aspects, such as friction phenomena, nonlinear behaviour
of the typical joints under cyclic loads, etc.

Figure 1: Example of Blockhaus residential buildings
(courtesy of Rubner Haus AG SpA [1]).

For this purpose, some researchers investigated – via
experiments, analytical models and/or Finite Element
(FE) studies – the mechanical and seismic
characterization of single Blockhaus structural
components or single walls subjected to in-plane lateral
loads (i.e. [4-7]).
In [8], the FE study carried out in [7] was further
extended and – based on nonlinear dynamic simulations
carried out by means of efficient FE models
implemented in ABAQUS [9] – some preliminary
recommendations were provided for the estimation of
the q-behaviour factor of Blockhaus walls under in-plane
lateral loads.
In this paper, the previously developed FE model [7, 8]
is used to investigate full three-dimensional Blockhaus
structural systems. The FE model, in particular, is first
validated on experimental shake table results available in
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literature [10-12] for a two-storey log-house building,
and then used to investigate the seismic performance of
three different case studies. Finally, some preliminary
estimations of the q-factor for Blockhaus buildings are
proposed and critically discussed.

2 NONLINEAR DYNAMIC FE
INVESTIGATION

forces applied on one-half of each log. Once multiple
shear walls are assembled together, configurations of
real residential or commercial Blockhaus buildings can
be investigated by properly taking into account the
effects of possible geometrical irregularities, window
and door openings, building asymmetries, etc.
2.1.1.

2.1 GENERAL FE APPROACH
Full three-dimensional Blockhaus buildings are
investigated by means of a computationally efficient FE
modelling approach [13].

FE modelling concept and calibration of the
carpentry joints
As also shown in [7, 8], the advantage of the adopted FE
modelling approach is that structural systems of different
mechanical and geometrical properties can be
numerically described in an efficient way, once the
hysteretic mechanical behaviour of the carpentry joints is
known.
In the current study, a single type of ‘Standard’ carpentry
joints was considered (‘N01’ type, based on [7]), see
Figure 3(a)) and Table 1.

(a)

(a)

(b)

Figure 3: (a) ‘Standard’ and (b) ‘Tirolerschloss’ carpentry
joints used for Blockhaus buildings [1].

(b)

(c)
Figure 2: (a) Schematic view of the typical FE-model for
Blockhaus log-walls; (b) axial DOF and (c) shear DOFs.

The single Blockhaus log-walls are described by a series
of rigid beams – representative of the main timber logs –
connected at their ends by nonlinear spring elements
acting in their axial (Y direction) and transversal (shear –
X and Z directions) degrees of freedom (Figure 2). A
single spring represents the mechanical cyclic behaviour
of a carpentry joint, resisting shear (sliding in X and Z
directions) and compressive (springs in Y direction)

The axial law represents the contact behaviour in
compression between the overlapping timber logs in a
lumped way (Figure 2(b)), while the shear law is
symmetric (Figure 2(c)).
In the first case (branch #10, Figure (2)b), the
compressive resistance was estimated by multiplying the
characteristic compressive strength fc,90,k of timber in the
direction perpendicular to grain by the top/bottom
contact surface of a single orthogonal log. The tensile
resistance of the same springs, on the other hand (branch
#1, Figure 2(b)), was characterized by means of an
almost null stiffness in order to represent the uplift and
possible separation of one beam from another.
The shear hysteretic law (Figure 2(c)), applied for two
in-plane shear directions, has a tri-linear backbone curve
and specific unloading-reloading paths from the elastic
(before Fel in Figure 2(c), branches #1 and #10 on the
backbone curve) and the inelastic phases (branches #2,
#3, #20 and #30 on the backbone curve). The unloading
paths in elastic phase, displayed in Figure 2(c) with
dashed lines, are characterized by two branches: the first
one (branch #11) leads to a null strength with a stiffness
ksc times the elastic one (Table 1), whereas the latter one
(branch #12) leads to a percentage of the maximum
displacement reached on branch #10. The reloading path
in Figure 2(c) in the elastic phase, finally, is symmetric
compared to the unloading path (branches #110 and
#120).
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Table 1: Calibration of the input parameters for the simplified
FE-model of full 3D Blockhaus buildings, according to [7, 8].

Figure 4: Constitutive relationship for friction in the shear
DOF of each spring.

The unloading and reloading paths are composed by four
branches each (#4, #8, #6, #40 and the symmetric ones),
which schematize the pinching effect in plastic phase,
for unloading starting from branches #2 or #3 and #20 or
#30. The branch #4 has a stiffness ksc times the elastic
one, while the slope of branch #8 is a fraction of the
elastic one. The branches #40 and #5 are characterized
by a degrading elastic stiffness. The degradation is linear
and starts once Fel is attained; the ultimate value is used
at the ultimate displacement and is equal to kdeg times the
elastic stiffness. The law implements also a strength
degradation through an additional displacement at
reloading (E in Figure 2(c)), which is proportional to the
dissipated energy in the last full reversed cycle and can
be set through the parameters  and  (Table 1). Further
details can be found in [7, 8, 13].
The effect of dynamic friction is also included in the FEmodel (Figure 4), since it provides an additional strength
contribution to each shear spring given by:
,
(1)
Ff  C f  N
where N signifies the resultant axial (vertical) force in
the spring at the current analysis step, while Cf and Ff
denote respectively the dynamic friction coefficient and
the dynamic friction force applied in the shear direction
of the spring. The stiffness kf (Figure 4), finally, was set
to 10 times the shear stiffness of the connector (branch
#1 in Figure 2(c)). Based on [7, 8], through the
parametric study, Cf was set to 0.5.
2.1.2.

FE assembly of full 3D buildings

Unlike in [7, 8], where the performance of single timber
log-walls was investigated under in-plane seismic loads
only, the same FE concept was extended to full threedimensional buildings. In doing so, each log-wall was
described in accordance with Figure 2(a). The interstorey floors and roofs were considered (in the
hypothesis they ensure a fully rigid in-plane diaphragm)
via kinematic constraints only.
Beam elements (B31 type) with rectangular transversal
section were used to describe the timber logs. Lumped
masses representative of the building self-weight were
then applied to the centre of gravity of each storey, while
vertical loads acting on the building were uniformly
distributed on the top logs only.

Parameter symbol Calibrated value Units
kel
3.34
kN/mm
Fel
23.01
kN
kp1
0.49
kN/mm
Fmax
33.51
kN
kp2
-1.47
kN/mm
ksc
1.5
RC
0.6
SC
0.65
du
20
mm
kdeg
0.6
1

0.0003

gap
1
mm
k5
1.2
2.2. PRELIMINARY VALIDATION OF THE 3D FE
MODELLING APPROACH
A preliminary assessment and validation of the FE
modelling approach for full 3D timber log structures was
carried out based on some experimental test results
available in literature.
The “Rusticasa building” was analysed, the dynamic and
seismic performance of which has been experimentally
investigated within the framework of the SERIES
Timber building project ([12], see Figure 5(a)). The
Rusticasa building is a two-storey log-house,
characterized by a 5.64×7.30m rectangular plan and a
total height of 4.40m at the edge of the gable roof and
5.28m at the ridge. The building is almost symmetric
along the longitudinal direction, and asymmetric in the
transversal direction. The walls are obtained by
assembling 160×160mm and 80×160mm logs composed
of C24 class spruce.
To ensure an in-plane rigid inter-storey floor, 22mm
Oriented Strand Board (OSB) sheathing panels
supported by timber joists were used. During the
experiments, 398 additional steel plates (7.1 kg/each)
were equally distributed on the roof. A full description of
the Rusticasa building geometry and test methods can be
found in [12].
2.2.1. Modal analysis
In accordance with Section 2.1, a 3D FE model of the
Rusticasa building (Figures 5(b) and (c)) was
implemented in ABAQUS [9]. The geometrical
properties of the building were taken from [12]. The inplane rigid inter-storey floor was modelled via a
kinematic constraint. The self-weight and the additional
permanent loads were applied as nodal masses in the
centre of gravity of the first floor and the roof,
respectively. The 398 additional steel plates were also
lumped in the centre of gravity of the roof. In terms of
mechanical characterization of the joints, finally, the
input parameters corresponding to the N01 carpentry
joint calibrated in Table 1 were used.
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Figure 6 shows the FE normalized vibration shapes of
the first numerically predicted vibration modes, while
Table 2 collects the corresponding vibration frequencies,
together with the experimental values.

(a)

FE mode #1

(b)

FE mode #2

(c)
Figure 5: Rusticasa building. (a) overview of the experimental
full-scale specimen [12], with (b) 3D view and (c) plan view of
the FE model (ABAQUS [9]).

A preliminary eigenvalue analysis was carried out, so
that the predicted fundamental vibration modes could be
compared with the corresponding experimental
estimations, as obtained via dynamic identification
techniques [12].
The experimental predictions calculated before the
shaking table test were considered.

FE mode #3

Table 2: Experimental [12] and numerical (ABAQUS [9])
vibration modes of the Rusticasa building.
f= 100× ((exp – num)/num).

Vibration
Mode #
1st
2nd
3rd
4th

Frequency [Hz]
Experimental
FE
5.38
5.39
11.85
10.55
14.93
14.80
20.53
28.62

f
[%]
-0.19
12.32
0.88
-28.27

FE mode #4
Figure 6: Numerically predicted fundamental vibration shapes
for the Rusticasa building (ABAQUS [9]).
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Despite the simplifications of the FE modelling
approach, a fairly good correlation was found between
numerical and experimental vibration frequencies, see
Table 2. Larger discrepancies were obtained for the
fourth vibration mode only, hence suggesting the general
accuracy of the implemented FE model.
2.2.2. Seismic performance
The same 3D model of the Rusticasa building was then
numerically investigated by means of nonlinear dynamic
analyses, in order to assess the seismic performance of
the building. In accordance with [12], the 1979
Montenegro earthquake record was considered as
seismic input. The dynamic simulations were carried out
by taking into account several amplitudes for the same
seismic record, i.e. by subjecting the FE-model to a low
intensity earthquake (PGA= 0.07g), a moderate intensity
(0.28g) and a high intensity earthquake (0.5g)
respectively. The typical deformed shape is shown in
Figure 7. The assessment of the FE predictions towards
the full-scale shaking table tests was carried out by
comparing the numerically obtained maximum
displacements of the 3D model and the corresponding
experimental measurements [12], for some selected
points only.
No structural damage was noticed under the assigned
seismic records, either in the full-scale specimen or in
the simplified FE model. In terms of FE predictions, an
average maximum deformation in the carpentry joint
(PGA= 0.028g) was found to be about 0.5mm, hence
comprised within the assigned gap (see Table 1).

In terms of FE and experimental comparisons, a close
agreement was found also for the maximum drifts of the
Rusticasa building. For the seismic record corresponding
to the deformed shape displayed in Figure 7, for
example, the maximum experimental drift at the ground
floor was found to be 0.005%, while the corresponding
FE estimation was 0.004%. At the first inter-storey level,
the maximum drift was 0.003% and 0.002% for the fullscale experimental tests and the simplified 3D FE model,
respectively.
2.3. EXPLORATORY FE PARAMETRIC STUDY
Based on the preliminary validation of the 3D modelling
approach, an exploratory FE study was carried out by
taking into account several building configurations.
2.3.1. SELECTED CASE STUDIES
All the 3D models were assembled and calibrated as
described in Section 2.1. Figure 8 shows the undeformed
geometrical configuration for the examined 3D
buildings.

(a)

(b)
(a)

(c)
(b)
Figure 7: Typical deformed configuration of the Rusticasa
building FE-model under the 1979 Montenegro seismic record
(0.28g), red-to-blue contour plot (scale factor: 500).
(a) 3D and (b) top view (ABAQUS [9]).

Figure 8: 3D models of the Blockhaus buildings investigated
through the parametric study (ABAQUS [9]). (a) B01, (b) B02
and (c) B03 buildings.

The first case study (labelled B01, see Figure 8(a))
represents a single storey Blockhaus building, with
4.90×7.10m regular plan and 2.50m height (4.60m at the
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ridge). The walls are made of 200×200mm, C24 class
resistance spruce logs.
The second example (B02, Figure 8(b)) is a single storey
Blockhaus building characterized by a symmetric
configuration along both the longitudinal and transversal
directions. The plan has almost a square shape, with
9.40×10.15m dimensions and 2.66m the height of the
building at the edge of the roof (4.10mm at the ridge). In
this case, the log-walls consist of 80×190mm, C24
spruce elements.
The third examined building (B03, Figure 8(c)), finally,
is a single storey system characterized by a markedly
asymmetrical geometrical configuration. The plan has
overall dimensions of 9.70×11.80m, while the building
height is 2.48m (4.10m at the roof edge). The walls are
composed of 90×160mm, C24 class, spruce logs.

Each 3D building was investigated via nonlinear
dynamic simulations, under the effects of a set of seven
natural seismic accelerograms obtained from REXEL
v.3.5 software (www.reluis.it, [14]).

(a)

2.3.2.

DYNAMIC AND SEISMIC
PERFORMANCE ASSESSMENT
The B01 to B03 buildings were preliminary analysed via
eigenvalue analyses, to explore their dynamic
performance. Figure 9 shows the so predicted
fundamental vibration modes. The corresponding
vibration frequencies were found to be equal to 9.95Hz,
9.92Hz and 11.12Hz respectively.
(b)
Figure 10: Typical deformed configuration of the B03 building
under seismic events (0.35g), red-to-blue contour plot (scale
factor: 5000). (a) 3D and (b) top view (ABAQUS [9]).

(a)

(b)

All the earthquake records were derived, specifically, by
considering a PGA of 0.35g, with type A soil (e.g. rock
soil), topographic category T1 and nominal life of 50
years. A maximum lower and upper tolerance of 10%
was considered in the derivation of the seven natural
seismic records.
The assessment of the seismic performance of the B01 to
B03 systems was carried out by monitoring the
maximum inter-storey drifts and the response of each
carpentry joint. A qualitative assessment was also carried
out in terms of global deformed shape and possible local
mechanisms, especially near the openings and the
intersections of the log-walls.
In general, in accordance with [7, 8], the investigated
buildings demonstrated a marked flexibility under the
assigned seismic records. Table 3 collects some
comparative results, as obtained for the tested Blockhaus
systems.
Table 3: FE comparative study (ABAQUS [9]) on the dynamic
performance of Blockhaus buildings under seismic events
(0.35g)

(c)
Figure 9: Fundamental vibration modes for the (a) B01,
(b) B02 and (c) B03 buildings (ABAQUS [9]).

Model
#
B01
B02
B03

Max. drift
[%]
x-dir.
z-dir.
0.0015
0.0005
0.0010
0.0007
0.0014
0.0011

Max. joint sliding
[mm]
0.7079
0.5305
0.5250
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The maximum obtained drifts were found to be about
0.0015%, hence in the same order of the Rusticasa
building FE model and the corresponding full-scale
specimen.
Regarding the carpentry joints, a total maximum sliding
of around 0.7mm was also obtained. The effect of such
deformations is an almost fully frictional performance of
the same carpentry joints, being the sliding amplitudes
slightly higher than the assigned gap of 1mm (see Table
1).
In terms of overall performance and deformation, finally,
an almost stable global behaviour was generally
observed, even in the B03 building characterized by a
markedly irregular geometry and by a large number of
door and window openings (Figure 10). The presence of
internal log-walls, in this sense, typically resulted in an
increase of stability for the examined systems, hence in
an improved seismic performance.

3. PRELIMINARY q-FACTOR
ESTIMATION
A final exploratory investigation was carried out, in
order to derive a preliminary assessment of the actual
dissipative capacity and seismic resistance of timber logwall structural systems. While in [8] single log-walls
under in-plane seismic loads only were considered, in
this paper full 3D buildings were analysed.
Although a proper estimation of the q-factor is essential
in the force-based design of structural systems, the
current generation of design standards (e.g. [2, 3]) does
not provide exhaustive recommendations, especially for
Blockhaus structural systems.
3.1. METHODOLOGY
Nonlinear dynamic analyses (NLDA) were first carried
out on the B01 case study (Figure 8(a)) for the previous
set of seven natural seismic accelerograms obtained from
REXEL v.3.5 software, see Section 2.3.2.
Through the NLDA investigations, however, the
magnitude of these accelerograms was incrementally
increased until a certain limit state was attained, i.e. so
that for the B01 building under the i-scaled accelerogram
the values PGAu,i and PGAy,i could be separately
collected. In accordance with the past exploratory FE
study carried out on single walls only [8], specifically,
these reference limit values were defined as:
 PGAu,i (Near Collapse Limit State, NCLS): peak
ground acceleration leading to a pre-fixed maximum
level of inter-storey drift; and
 PGAy,i (Damage Limit State, DLS): design peak
ground acceleration leading to yielding of a single
corner joint.
For each i-scaled accelerogram, the q0 value was then
estimated as the average ratio of the so collected PGAu,i
and PGAy,i peak ground accelerations, so that the
corresponding q-behaviour factor value is given by:
(2)
q  q0   M

with M the partial safety coefficient for timber [3],
assumed 1 and 1.3 for dissipative and non dissipative
systems, respectively [3].
The ultimate limit for the CLS was preliminary assumed
at the attainment of a pre-fixed maximum inter-storey
drift max derived from standards. In [15], for example,
the CLS damage configuration for wooden walls is
associated to a 3% transient or permanent inter-storey
drift, with severe damage of the primary timber
components (“Connection loose, nails partially
withdrawn; some splitting of members and panels;
veneers dislodged”).
Based on the observed structural response of single logwalls under in-plane seismic loads (see [8] for a detailed
discussion of results), as well as on the shake table test
results presented in [12], a largest ultimate drift was also
considered (max= 5%). The latter CLS configuration,
although recommended in [15] for steel frames only, was
in fact rationally applied in this work to Blockhaus
buildings, due to their intrinsic high flexibility.
3.2. RESULTS
As expected, the B01 building generally showed high
flexibility under the assigned seismic records, and almost
a stable global behaviour (Figure 11).

Figure 11: Typical deformed configuration for the B01
building under seismic events, red-to-blue contour plot (scale
factor: 50), 3D view (ABAQUS [9]).

In terms of q-factor estimation, the main results of this
exploratory study are proposed in Figure 12, in the form
of PGAu (Figure 12(a)) and q0 values (Figure 12(b))
calculated for each i-scaled accelerogram. The average
values are also proposed as straight lines. The so
collected FE data are shown for two different CLS
scenarios (max= 3% and 5%).
The obtained FE results confirm the recent findings
proposed in [8] for single log-walls subjected to in-plane
seismic loads. The NLDA simulations highlighted, in
particular, that the assumption of a reference CLS drift
max= 3% as conventionally done for wood structures
would generally result in fully neglecting the postyielding behaviour of the adopted carpentry joints.
Consequently, this assumption would result in a q0-factor
equal to ≈1 (see Figure 12(b)), i.e. in a final q-factor ≈1.3
(Eq.(2)). For the B01 case study, an average q value of
1.28 at a maximum drift of 3% was in fact obtained.
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When the ultimate allowable drift is increased and set to
5%, the carpentry joints activate, hence the high
flexibility and dissipative capacity of Blockhaus
buildings is further exploited. For the examined B01
system, a direct effect of this latter assumption is that an
average q0-factor in the order of ≈1.15 was obtained,
hence leading to an average q-factor of ≈1.49 (Eq.(2)).
Due to the high deformation capacity of the Blockhaus
structural typology, however, even the assumption of a
5% maximum drift does not fully exploits the
potentiality of the adopted carpentry joints, with
maximum slidings up to ≈11mm for the reference case
study.

corresponding FE data, both in terms of vibration modes
and seismic performance for the same log-wall building.
The nonlinear dynamic investigation was then extended
to some selected case studies. The so obtained results
were critically discussed for some geometrical
configurations of technical interest, in order to
investigate the seismic performance and provide a
rational estimation of the corresponding q-behaviour
factor. In general, the examined geometrical
configurations proved to be stable and markedly flexible
under the assigned seismic records.
The results of this investigation provide a useful
background for the implementation of q-factor rules and
recommendations in the next generation of seismic
design standards for Blockhaus buildings.
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A SIMPLIFIED NON−LINEAR PROCEDURE FOR SEISMIC DESIGN OF
CLT WALL SYSTEMS

Gabriele Tamagnone1, Giovanni Rinaldin2, Massimo Fragiacomo3

ABSTRACT: In this paper, a simplified non-linear procedure for seismic design of CLT (cross−laminated timber) wall
systems is presented. The proposed method considers both axial force and bending moment applied on the wall systems
as result of applied loads. Timber is modelled as an elastic-brittle material, whereas metal connections (hold-downs and
angle brackets) are modelled with an elastic-plastic behaviour. The reaction force in each connection is iteratively
calculated by varying the position of the neutral axis at the base of the wall using a simple algorithm that has been
implemented in a purposely-developed software. This method is based on the evaluation of five different failure
mechanisms at ultimate limit state similarly to reinforced concrete (RC) rectangular section design. By setting the
mechanical properties of timber and metal connections, and the geometry of the CLT panel, the algorithm calculates,
for every possible axial load, the position of the neutral axis and the ultimate resisting moment of the system.
Furthermore, this method also allows the designer to have an indication on the failure mechanism of the wall.
KEYWORDS: Cross-laminated timber, seismic design, wood buildings, neutral axis.

1 INTRODUCTION
The cross-laminated timber (CLT) system has become a
common way to build timber structures. The system is
constructed out of panels, prefabricated off-site and
made by layers of wood boards arranged at a right angle
with respect to the adjacent ones (Figure 1a). The CLT
panels are connected using hold-downs, angle brackets,
self-drilling screws, bolts and nails. The CLT system has
several advantages, such as in-plane panel stability, ease
and speed of erection, and an excellent seismic
behaviour, as proved by the full-scale shaking table tests
carried out on the 3- and 7-storey buildings within the
SOFIE Project [1,2].
The wall panels are connected to the foundation and the
floor slabs using hold-downs and angle brackets. Holddowns (Figure 1b) are made of long metal plates usually
placed at the ends of the wall to prevent uplift. Angle
brackets (Figure 1c) are small metal plates placed at a
constant spacing along the wall length to resist shear
loads.1Hold-downs and angle brackets are connected to
the wall using nails and to the foundation or the floor
slab underneath using screws (Figure 1d) or bolts (Figure
1
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Figure 1: (a) CLT panel, (b) hold-down, (c) angle bracket,
(d) self-drilling screw and (e) bolt.
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walls. The tensile resistance of the hold-downs will have
to be greater than or equal to the uplifting force resulting
from the overturning of the CLT panels due to the
seismic shear load and the gravity load (Equation 1),
assuming the panel rocks as a rigid body. The number
and the shear resistance of angle brackets will then have
to be greater than or equal to the seismic shear load
(Equation 2). Figure 2 displays the two aforementioned
failure mechanisms.

FHD l+

Nl
Vh N M
-Vh -M=0  FRd,HD  FHD =
- +
2
l 2 l

FAB n AB = V  FRd,AB  FAB =

Figure 2: (a) CLT panel connected to the supporting surface
through hold-downs and angle brackets, (b) failure mechanism
considered for hold-down design and (c) failure mechanism
considered for angle bracket design.

1e). Self-drilling screws are also used to connect the wall
panels and floor panels side by side.
Since CLT is quite a new structural system, there is still
a lack of regulations for the seismic design.
An open question is how to distribute the seismic forces
applied on a CLT building to the different connections.
The commonly used design approach is to calculate all
the equivalent seismic forces at each storey, and to
distribute them, at each floor, among the CLT walls
parallel to the seismic motion direction in proportion to
their length, neglecting the contribution of the other

V
n AB

(1)
(2)

where FHD = reaction force in the hold-down, l = length
of the wall, h = height of the wall, N = axial load,
V = lateral load at the top of the wall, M = bending
moment at the top of the wall, FRd,HD = design tensile
resistance of the hold-down, FAB = reaction force in each
angle bracket, assuming all the brackets are the same
type, due to the slip mechanism, nAB = number of angle
brackets and FRd,AB = design shear resistance of the angle
brackets.
The simplified assumptions make this approach overly
conservative. Some investigations [3,4] pointed out that
the tensile resistance of angle brackets is not negligible,
leading to significantly different seismic force
distributions with respect to those calculated with the
aforementioned approach.
This paper provides a contribution towards the solution
of this design issue. A simplified way to distribute
external forces in the connections is presented, by taking
into account the axial resistance of angle brackets and by
regarding the wall as a rigid body, as the in-plane
flexibility is usually negligible [3]. Similarly to the
design of reinforced concrete (RC) rectangular crosssections, the presented method estimates the neutral axis
position and the forces in each metal connection for the
ultimate limit state corresponding to certain well-defined
failure mechanisms. An analogy between concrete and
CLT panel, and between reinforcement bars and metal
connections is made, assuming CLT resists only in
compression at the interface with the foundation or the
supporting floor slab, like the concrete. The shear forces
are not considered as they are assumed to be uniformly
distributed among the angle brackets, as the shear
resistance of hold-downs is in general negligible [3,4].
The input parameters are the axial load, the geometry
and mechanical characteristics of the CLT panel, and the
location and mechanical properties of the metal
connections. With this information, the designer can
calculate the resisting bending moment and compare it
with the total overturning moment due to the shear force
V and bending moment M applied on the top of the wall
system (see Equation 1) .
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2 METHOD DERIVATION
2.1 WORKING HYPOTHESES
The proposed method is based on some simplified
assumptions concerning the components behaviour:
 Since in CLT structures there is no continuity
among the different panels other than that given
by the metal connections, timber is modelled as
resistant only in compression. The behaviour is
elastic-brittle, as shown in Figure 3, and the
governing parameters are the in-plane ultimate
compression stress fc and the in-plane
compressive Young’s modulus of the panel E.
A triangular stress block in compression is
assumed (see Figure 5);

stresses along the height of the panel using
Equation 3:

σc =

ucE
kh



u c,max =

f c kh
E

(3)

where uc,max = maximum fictitious displacement
in wood.
The rocking mechanism and the different forces
involved can be seen in Figure 5:

Figure 3: Stress-strain behaviour of wood in
compression.



Connections are modelled as elastic-plastic, as
depicted in Figure 4, and resisting only in
tension, as their contribution in compression is
negligible if compared to the support provided
by the panel due to direct contact. The
governing parameters are the elastic stiffness ks,
the yielding force Fy and the ultimate
displacement Uult;

Figure 5: Forces involved and rocking mechanism.

where N = design axial force, M = design bending
moment, W = self-weight of the wall, FC = contact force
at the wood-foundation interface, Fn = tensile reaction
force in the nth metal connection, xn = distance of the nth
metal connection from the compressed corner of the wall
and x̅ = position of the neutral axis.
The reference point for the neutral axis is the bottom
right corner where its value is 0, and is positive leftward.
2.2 INVESTIGATION ON THE STRESS
DISTRIBUTION COEFFICIENT k
Figure 4: Example of force-displacement behaviour
in tension for metal connections.



The compressive stress at the bottom corner of
the panel c is calculated as function of the
equivalent displacement uc underneath the
supporting surface, the Young’s modulus E, the
height of the panel h and a coefficient k
accounting for the distribution of compression

In this method, the contact compressive stress at the base
of the panel is evaluated based on the elastic behaviour
of the timber through a coefficient. This coefficient
depends upon the stress distribution along the CLT panel
above the rocking corner, and can be calculated
according to Equation 4:
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h

 σ  z  dz

k= 0

c

fch

(4)

where fc = characteristic compressive strength of the
CLT panel. In order to evaluate the parameter k, several
numerical analyses have been carried out for different
configurations.
2.2.1 Numerical investigation
The numerical investigation has been carried out using
ABAQUS [5]. Several non-linear analyses have been
performed in different situations of technical interest. As
this software package does not allow the user to model
links like hold-downs and angle brackets in a
straightforward manner, a purposely-developed user
subroutine has been used for this scope [6]. Such a
model was successfully used in [7] to numerically
reproduce the shaking table tests performed on the multistorey CLT buildings in [2].
Three panels were created with different height over
length h/l ratios: 1, 1.5 and 3. The properties of the
panels are listed in Table 1.
Table 1: Panel characteristics.

Height
Thickness
E
Timber density
fc

3m
85 mm
5.7 GPa
400 kg/m3
11 MPa

The Young’s modulus and compressive resistance of the
panel have been derived from the formulations proposed
by Blaβ and Fellmoser for CLT panels [8].
The length of the three panels are 3, 2 and 1 m.
Each panel has been linked to the surface using four
different types of connection: hold-downs, angle
brackets, contact and half contact links.
Contact links have been placed at the nodes of the CLT
wall base not connected to the foundation with holddowns or angle brackets to model contact and friction.
Only compressive strength and friction properties have
been set for these contact links.
The half contact links have been used to connect the
nodes at the ends of the panel in order to avoid
singularities in the model. Their mechanical parameters
(compressive strength and friction resistance) are half
the values assumed for the contact links.
Hold-downs and angle brackets have been modelled
through a 3-branch force-displacement relationship in
tension representing elastic, hardening and softening
stiffness, and an elastic-brittle behaviour in compression.
In order to model two different types of supporting
surfaces, two stiffness values have been set in
compression to model concrete (foundation support) and
CLT (floor slab support).
The parameters defining the force-displacement
relationships for hold-downs and angle brackets are
shown in Tables 2 and 3, respectively.
In compression, the same values of stiffness have been
considered for all the contact links in the rigid case:

11000 kN/mm. A linear elastic behaviour was
considered in this case. In the case of the CLT wall panel
supported by a CLT floor panel, a possible plasticization
of the timber of the CLT floor panel in the direction
perpendicular to the grain may occur. Since the contact
links cannot plasticize in compression, new elasticplastic springs have been introduced. The compressive
stiffness and strength have been derived by multiplying
the mean values of MOE and compression strength
perpendicular to the grain of the CLT floor panel by a
tributary area. The mechanical properties have been
taken from the compression tests carried out on CLT
specimens at Växjö University [9]. The tributary area
was calculated considering a 45° diffusion angle within
the CLT floor panel from the bearing area of the CLT
wall panel. The compressive stiffness of the contact
links, hold-downs and angle brackets has been set as
very low in order to not affect the results.
Shear behaviour of hold-downs and angle brackets has
not been considered in this paper, as the method, for
now, does not investigate this aspect.
Table 2: Tension behaviour of hold-downs.

Branch
Elastic
Hardening
Softening
Characteristic
Fy
Fmax
Uult

Stiffness [kN/mm]
4.8
0.69
-0.38
Value
40.31 kN
48.33 kN
35.25 mm

Table 3: Tension behaviour of angle brackets.

Branch
Elastic
Hardening
Softening
Characteristic
Fy
Fmax
Uult

Stiffness [kN/mm]
2.7
0.4
-0.81
Value
19.27 kN
23.47 kN
24 mm

Numerical analyses have been carried out with the solver
ABAQUS [5] for the three panels in five different load
conditions applied on the top of the panels: (i) only
compressive axial load; (ii) only horizontal shear load;
(iii) only bending moment; (iv) axial compressive and
horizontal shear loads; and (v) bending moment and
horizontal shear load. The results of the different
analyses have been used to estimate the value of the k
coefficient. Cases (iv) and (v) have been investigated for
different values of the shear-axial load V/N ratio and
overturning moment due to the horizontal shear forcebending moment applied on top of the panel Vh/M ratio,
respectively. All loads have been modelled through a
distribution of concentrated forces applied in all the
nodes at the top of the wall. More specifically, axial,
shear and moment loads have been modelled using
unitary vertical forces directed downwards, unitary
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horizontal forces directed rightward, and a series of
forces varying linearly from a unitary value directed
downward in the right corner to a unitary value directed
upward in the left corner, so as to form a bi-triangular
distribution of forces, respectively. This last load
distribution is displayed in Figure 6. Note that the forces
in the left and right corners have been assumed equal to
half the unitary value in all the configurations to avoid
singularities in the model. A non-linear monotonic
analysis has been carried out for all cases by increasing
the forces up to the attainment of either the compressive
strength in the bottom right corner of the panel, or the
ultimate displacement in the metal connections,
whichever occurs first. The stress distribution and the
coefficient k have been computed at this last step of
analysis.

H/L = 1

0.3

H/L = 1.5

k 0.2

0.1

0

2

Table 5: Values of k for CLT support for different loads and h/l
ratios.

Figure 6: Force distribution on top of the wall for the case
with bending moment.

1.0

2.2.2 Analyses results
The first three configurations have been studied to define
the limits for k at the ultimate state of compression in the
CLT panel. The results of these analyses are presented in
Tables 4 and 5.
In Figures 7 to 10 the results for the last two
configurations (case iv and v) are depicted for rigid and
flexible support conditions.

0.8

Axial force
Horizontal load
Bending moment
H/L = 1

1.0

H/L = 1.5

H/L = 1.5

H/L = 3

0.7
k

0.6
0.5
0.4
0.3
0.2
0.1

0

2

4

H/L = 1

0.45

V/N

6

8
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H/L = 1.5

H/L = 3

0.35

H/L = 3

k
0.25

0.8
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0

2

Vh/M
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6

Figure 10: Values of the distribution coefficient k for bending
moment-horizontal load condition (case v) - CLT support.

0.5
0.4
0.3
0.2
0.1

H/L = 1

3
0.954
0.201
0.344

Figure 9: Values of the distribution coefficient k for axialhorizontal load condition (case iv) - CLT support.

3
0.974
0.138
0.219

0.9

k

h/l
1.5
0.951
0.288
0.428

1
0.976
0.298
0.419

0.9

Table 4: Values of k for rigid support for different loads and
h/l ratios.

h/l
1.5
0.969
0.151
0.227

6

Figure 8: Values of distribution coefficient k for bending
moment-horizontal load condition (case v) - rigid support.

Axial force
Horizontal load
Bending moment

1
0.984
0.184
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Vh/M
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Load

H/L = 3

0

2

4

V/N

6
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Figure 7: Values of the distribution coefficient k for axialhorizontal load condition (case iv) - rigid support.

10

It is evident that the variation of k is larger for the axialshear load condition (case iv) as bending moment and
shear load lead to a stress concentration in the corner.
However, the values of k of technical interest are those
for V/N ratios greater than 2 as the shear in CLT
structures is resisted only by walls parallel to the seismic
forces, and therefore the V/N ratio usually exceeds the
value of 2 in Damage and Near Collapse limit states.
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Sub-domain 2: At least one connection reaches
its ultimate displacement Uult. The bottom right
corner of the panel is compressed;
Sub-domain 3: At least one connection is
subjected to tension. The bottom right corner of
the panel attains the compression resistance fc;
Sub-domain 4: No connection is in tension. The
bottom left corner of the panel is not
compressed;
Sub-domain 5: All the base of the panel is
compressed. No connection is in tension (pure
compression).

Figure 11: Dependency of the first part of the M-N domain on
the k value.

For this reason, it has been decided to take an average
value of the coefficient k for V/N greater than 2, resulting
in a value of 0.23 and 0.33 for rigid and CLT support,
respectively. It is important to point out that these values
strongly depend on the compressive resistance of the
wall. Lower values of fc lead to higher values of k [10].
For example, for a timber stress value equal to the
compressive strength perpendicular to the grain (3 MPa)
and a V/N ratio of 2, a value of k around 0.29 is obtained
for panels with a h/l ratio equal to 1. In the previous
investigation, a timber stress of 11 MPa has been
considered, leading to a k value of 0.22. However, the
variation of k within a suitable range does not
significantly affect the results of the proposed method. In
fact, as shown in Figures from 7 to 10 and as previously
discussed, the range of interest is for values
corresponding to a V/N ratio higher than 2.
800

k=0.2

k=0.3

700
600
500
M 400
300
200
100
0
-150 150 450 750 1050 1350 1650 1950 2250 2550 2850
N

Figure 12: M-N domain for k values of 0.2 and 0.3.

2.3 DEFINITION OF ULTIMATE LIMIT STATES
FOR NEUTRAL AXIS CALCULATIONS
As previously mentioned, the proposed method is similar
to the one used for design of RC rectangular sections
loaded by axial force and bending moment. Different
ultimate limit states, and a relative division in subdomains, attained at the wall-support interface can be
considered:
 Sub-domain 1: At least one connection reaches
its ultimate displacement Uult. Timber is not
compressed (pure tension);

Figure 13: Sub-domains considered in the proposed approach.

Sub-domains 1, 2 and 3 depend on the reaction force in
the connections and, since an elastic-plastic forcedisplacement relationship has been chosen, they are a
non-linear function of the vertical displacement of the
connections themselves (see Equations in the following).
For this reason, an iterative process to calculate the
solution is needed.
Sub-domains 4 and 5, on the other hand, only depend on
compression in the panel, which has a linear behaviour.
Therefore, a straightforward solution can be derived for
these cases.
Looking at Figure 13, it is important to point out that the
position of the neutral axis and the corresponding values
of axial force leading to the attainment of a particular
ultimate state are only a geometrical problem. Once the
geometry of the panel, the location and mechanical
properties of the connections, and the mechanical
property of timber are known, the value of the axial
force at the intersections of the various sub-domains can
be immediately determined. As consequence of that, it is
easy to know which sub-domain is involved at ultimate
limit state once a certain axial force is applied to the
system.
Looking at Figure 13, two types of metal connection are
used at the base of the wall: hold-downs and angle
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brackets. Within the same wall, only one type of holddown and one type of angle bracket are used. In this
example, angle brackets have a lower value of ultimate
displacement, indicated as Uult,min. During the rotation of
the wall around the point of coordinates (xmin;Uult,min), it
is possible to achieve the point of coordinates
(xmax;Uult,max). The quantity xmin denotes the distance of
the last connection having Uult,min as ultimate
displacement from the right base corner (Figure 14.a).
The quantity xmax signifies the distance of the last
connection having Uult,max as ultimate displacement from
the right base corner. The quantity Uult,max denotes the
highest value of ultimate displacement among holddown and angle bracket. When this condition is
achieved, two connections attain the ultimate condition
at the same time (Figure 14.b). In order not to exceed the
ultimate displacement, the point of rotation has to
change from (xmin;Uult,min) to (xmax;Uult,max) (Figure 14.c).

 U ult,min (x i - x)
 x -x

min
ui = 
U
 ult,max (x i - x)

 x max - x

when

x  xP
(7)

when

x > xP

Sub-domain 3, on the other hand, depends on the value
of uc,max, and the vertical displacements can be found
using the equation:
ui =

u c,max (x i - x)
x

(8)

The displacements ui are used to find the reaction forces
in each connection, depending on whether they are
greater or lower of the corresponding yielding
displacement Uy.


-Fy,i
Fi = 

-k i u i

when

u i > U y,i

when

0 < u i  U y,i

(9)

By fixing the position of the neutral axis x̅, it is also
possible to calculate the contact reaction force between
panel and supporting floor FC. For sub-domain 2 FC is
given by Equation 10, whereas for sub-domains 3 and 4
it is given by Equation 11:

This scenario can only occur in the definition of subdomains 1 and 2, as they are the only ones that consider
an ultimate limit state in the connections.
The position of the neutral axis where this change takes
place, named x̅p, is given by Equation 5:
U ult,max x min - U ult,min x max
U ult,max - U ult,min

(5)

If this value exceeds the limit between sub-domains 2
and 3, this change does not take place. The condition to
have this change is given by Equation 6:
xP 

x min u c,max
U ult,min + u c,max

σc b x
2

(10)

Fc =

fc b x
2

(11)

where σc is calculated according to Equation 3.
In design it is more common to know the value of the
axial load N applied on the analysed wall rather than the
value of x̅. For each sub-domain, the position of the
neutral axis can be found iteratively (sub-domains 1, 2
and 3) or directly (sub-domains 4 and 5). The solving
equation is the vertical equilibrium of the forces
involved, as shown in Equation 12:

Figure 14: (a) Starting condition for the definition of subdomains 1 and 2, (b) attainment of the ultimate condition in
two different connections and (c) change in the point of
rotation of the system.

xP =

Fc =

(6)

Once the value of x̅p is known, the first two sub-domains
can be defined properly: the connection vertical
displacements ui are deduced from a simple proportion
between similar triangles, but it is necessary to know
whether this proportion has to be made with Uult,min or
Uult,max, as shown in Equation 7:

n

N = Fc - Fi (x) -W

(12)

1

For sub-domains from 1 to 3, this equation can be
iteratively used by varying the value of x̅ that, according
to Equations 7, gives the amount of the vertical
displacements in the connections ui, useful to calculate
the values of the reaction forces Fi in each connection.
Furthermore, the quantity x̅ is needed to calculate the
contact reaction force in timber FC.
If the value of N is in the range belonging to subdomains 4 or 5, the summation term disappears from
Equation 12 and a closed form solution can be derived.
For sub-domain 4, the values of x̅ is given by Equation
13:

Fc =

fc b x
2

 N=

fc b x
2(N+W)
-W  x=
(13)
2
fc b

For sub-domain 5, the value of the compression stress at
the bottom left corner σd is needed to calculate the value
of FC, as depicted in Figure 15.
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 l 2σ d + f c 
M Rd = FC  
 2 3 σ d + f c  

(18)

Using the equations presented, by varying the position of
the neutral axis x̅ from -∞ to +∞, it is possible to draw an
axial force-bending moment resisting domain.
In order to speed up the calculation process, a Windows
application has been created. This software, written in
VB.NET and available both in Italian and English,
allows the user, once the parameters needed have been
set, to calculate the resisting domain. It draws the
positions of the neutral axis at the intersection of the
various sub-domains for the analysed wall. Furthermore
the sub-domain where the ultimate limit state takes place
for the given value of axial force N can be determined.
This software has been used to validate the method.

3 METHOD VALIDATION
Figure 15: Contact stress distribution at panel-supporting
surface in sub-domain 5

As before, this is made through a simple proportion, as
shown in Equation 14:

σd fc
=
x-l x

 σd =

f c (x-l)
 l
= f c 1- 
x
 x

(14)

The reaction FC can then be calculated according to
Equation 15:


 l 
f c + f c 1-   bl
(f c + σ d ) bl 
 x 
Fc =
=
=
2
2
l
2 l 
= f c bl x = f c bl 1- 
2
 2x 

(15)

By substituting this value in Equation 12, the value of x̅
for sub-domain 5 can be derived:

l N +W
 l 
N = f c bl 1-  - W  1- =
2x
f c bl
 2x 


f c bl
2x
=
l f c bl - N - W

3.1 FE MODEL AND ANALYSES DESCRIPTION



f c bl2
 x=
2 (f c bl - N - W)

(16)

Having the position of the neutral axis and all the
reacting forces involved at ultimate limit state, it is
possible to calculate the resisting bending moment
through a simple rotational equilibrium around the
midpoint of the wall base:

 l x n  l

M Rd = FC  -  - Fi  - x i 
2 3 1 2


In a previous publication [10], this method has been
validated via 2- and 3-dimensional numerical models.
Those analyses demonstrated that the proposed method
properly evaluates the position of the neutral axis for 2dimensional problems, with errors lower than the 3% if
compared to the analysed wall length. The 3-dimensional
simulations showed reduced accuracy leading to an error
of 17.7%. This larger discrepancy is due to the method
not currently accounting for the increase in stiffness due
to the other walls of the building running perpendicular
to the seismic action.
In this paper, two steps forward have been made: (i) a
more realistic value of the ultimate stress in wood has
been considered, namely 11 MPa ; and (ii) the actual inplane non-linear behaviour in shear of the metal
connections has been implemented. In this way, it is
possible to investigate how the lateral displacement
affects the prediction of the position of the neutral axis.
In the previous validations, a simplified elastic behaviour
with 100 kN/mm of stiffness was considered.
Some numerical analyses have been carried out using the
model in [6] with the general FE solver ABAQUS [5].

(17)

This equation is valid from sub-domains 1 to 4, recalling
that FC is equal to 0 for sub-domain 1 and that the
summation term is equal to 0 for sub-domain 4. For subdomain 5, a different formulation is needed, as the stress
block has a trapezoidal shape. A different equation to
calculate MRd has therefore to be used:

To this aim, the 33 m panel used for the k coefficient
investigation (chapter 2.2.1) has been analysed in sixteen
different load and supporting conditions. The load
conditions correspond to the axial load and bending
moment values at the limit between the various subdomains as calculated using the proposed algorithm. The
bending moment has been applied in two different ways:
(i) as a concentrated moment and (ii) through a
corresponding value of horizontal shear load applied at
the top of the wall. In this way, four cases with bending
moment and four cases with shear load have been
considered. The analyses have been carried out for both
rigid and flexible (CLT) support, using k values of 0.23
and 0.33, respectively.
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3.2 VALIDATION RESULTS
The prediction of the neutral axis position given by the
proposed algorithm has been compared with the one
obtained from the FE analysis.
The first investigation has been carried out to check
whether the compression strength of the CLT panel fc
was attained for the values of load calculated for the
boundary between sub-domains characterized by
crushing of timber panel and whether the ultimate
displacement in at least one connection was attained for
the value of load calculated for the boundary between
sub-domains 1 and 2. This verification was satisfied with
a negligible error of 3% on average for all failure
mechanisms between sub-domains 3 and 4 and between
sub-domains 4 and 5. However the verification was not
satisfied for the failure mechanism between sub-domains
1 and 2 and between sub-domains 2 and 3. In these
cases, the values of the imposed loads have been
increased, without varying their proportions, until the
ultimate displacement of a connection or the
compression strength of timber was attained,
respectively.
The results of these analyses are summarized in Tables 6
and 7. In these tables, the “Shear” column lists the
results for the configurations with axial and shear loads
as external loads, while the “Bend. mom.” column
reports the results for the load conditions with axial load
and bending moment.
Table 6: Comparison between neutral axis position prediction
using the proposed algorithm and the FE model case with
bottom rigid support.

N [kN]

M
[kNm]

-108.69
-38.75
1259.19
1399.44

38.09
137.18
757.35
701.25

Neutral Axis Prediction [mm]
Proposed
FEFE-Bend.
Algorithm Shear mom.
0
-156
-153
131.4
110
140
2700
2590
2632
3000
3200
3080

Table 7: Comparison between neutral axis position prediction
using the proposed algorithm and the FE model case with
bottom CLT support.

N [kN]

M
[kNm]

-108.69
-10.26
1259.19
1399.44

38.09
175.87
757.35
701.25

Neutral Axis Prediction [mm]
Proposed
FEFE-Bend.
Algorithm Shear mom.
0
-156
-153
184.3
288
290
2700
2100
2594
3000
2226
2886

It is clear that the load case with shear load gives similar
results in terms of neutral axis position to the case with
bending moment if the rigid support case is considered.
For the CLT support case, those conditions that predict
the collapse of wood give worse results if a shear load is
considered.
As an elastic-plastic behaviour in compression has been
considered, when a spring exceeds its yielding stress, a

redistribution of stresses in the panel occurs, with a
consequent shift in the rotation point of the panel itself.
As the bending moment has been modelled through a bitriangular force distribution, this effect was weakened .
Furthermore, even when the numerical values of load to
achieve the ultimate condition are higher than the ones
predicted using the proposed algorithm, the neutral axis
position calculated with the proposed algorithm is close
to the numerically predicted one in most of the cases:
even if loads are different, the proportion between them
gives acceptable results when the ultimate condition is
achieved.
It should also be pointed out that neglecting the
hardening and softening branches in the connections has
a non-negligible effect in this case and may be one of the
reasons for the larger differences between the proposed
algorithm and the FE analyses.

4 CONCLUSIONS
In this paper, a simplified non-linear procedure for
seismic design of CLT wall systems has been proposed.
This method, similar to the one used in design of RC
rectangular cross-sections, assumes the wall as rigid, the
timber as an elastic-brittle material and the metal
connections as elastic-plastic springs. A triangular stress
block in compression at the wall-support interface is
considered. The forces in the connections are calculated
iteratively on the basis of the vertical displacement
occurring there.
Previous validations of this method gave good results in
2-dimensional numerical simulations, whereas larger
errors were obtained in 3-dimensional simulations due to
the box effect of the CLT structure [8]. Box effect has a
stiffening influence on the in-plane wall response in the
real cases, decreasing the actual sliding and rocking
deformations and leading to the larger differences with
the simplified method.
In this paper, further numerical analyses have been
carried out in order to better evaluate the stress
distribution coefficient k for both cases of rigid and
flexible support. In addition, it was investigated the
effect of using a more realistic trilinear forcedisplacement relationship for the angle bracket
connections in shear when using the proposed method.
This method was found to provide good results: even
when the considered loads are lower than the one leading
to the investigated ultimate condition, their proportion
have led to a good evaluation of the neutral axis position
in most of the cases analysed. The safety factor,
calculated as ratio between the loads leading to the
ultimate condition and the predicted ones, was found to
be included between 1 and 1.85.
The proposed method, right now, is intended to be a
starting point for further studies aimed to find simplified
rules for CLT seismic design. While the proposed
method is now limited to single CLT walls subjected to
in-plane load, it will be extended to include the stiffness
contribution of perpendicular walls, leading to a
complete design tool for CLT designers. In addition to
that, the method could also be used to evaluate the lateral
displacement of the top wall due to rocking, which is
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needed to calculate the inter-storey drift in CLT seismic
design.
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COUPLED SHEAR-TENSION NUMERICAL MODEL FOR MODELLING
OF CLT CONNECTIONS
Diego Talledo1 , Luca Pozza2, Anna Saetta3, Marco Savoia4
ABSTRACT:

A new numerical model able to account for the interaction between tension and shear forces on typical hold-down
connections used in CLT structures is proposed and discussed, starting from results of an experimental campaign
conducted at University of Bologna. A specifically developed method appropriate to evaluate the main strength and
stiffness parameters from the experimental cyclic force-displacement curves is presented, and the corresponding trilinear backbone approximation is defined. Parameters obtained from tri-linear backbone curves were used to define the
effect of the tension-shear interaction on the behaviour of hold-down connections, particularly as far as yielding and
peak strength and stiffness parameters are concerned. In order to numerically reproduce the behaviour of connections, a
coupled zero-length element is developed and presented. The model is implemented in OpenSees and adopted to model
single connection element. The model is calibrated referring to experimental results of specimens loaded only in
tension. Then the model is validated referring to tests with increasing level of tension-shear interaction. The proposed
model is able to reproduce the actual behaviour of hold-down connection with coupled tension-shear forces under
monotonic load conditions. Finally, a first proposal for accounting the hysteretic behaviour is presented, and some
preliminary results are shown.

KEYWORDS: CLT connections, Hold-down, Coupled shear-tension model, Hysteretic model

1 INTRODUCTION 123
Cross-Laminated Timber (CLT) structures are
constituted by panels dissipating energy during
earthquake only in mechanical connections, located in
few specific zones and responsible of assuring the
ductile behaviour. Therefore, the comprehension of their
structural behaviour and their correct design are of
crucial importance, especially in seismic conditions.
Many studies have been carried out within this topic
during the last decade in Europe, North America and
Japan, e.g. [1]÷[5] in order to define monotonic and
cyclic behaviours of most used connections when only
one direction (i.e. tension and shear) is prescribed.
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Nevertheless, some questions are still unanswered. In
particular, during earthquakes, connections are subjected
simultaneously both to shear and tension. The interaction
between shear and tension forces may affect connector’s
capacity in terms of strength, stiffness, ductility and
dissipation capacity.
Moreover, the possibility of brittle failure of connections
subjected to combined tension and shear forces must be
taken into account. Some preliminary studies about the
effects of tension-shear interaction were performed by
Pozza et al. [6] analysing a series of experimental tests
on CLT wall panel assemblies fixed with different
arrangement of connections and subjected to cyclic
loading. Results from this study shown that, when the
fastening systems is not appropriate, the single
connection elements are subjected to combined tensile –
shear force. Consequently, the resistance parameters and
the seismic capability (e.g., behaviour factor, ductility
etc) can be significantly deteriorated with respect to the
ideal case of no coupling effects in the connection
elements.
Nevertheless, in the design practice angle brackets are
typically assumed to carry shear forces, while holddowns carry tractions without any rules or guidelines to
avoid the tensile – shear coupling. Also current design
codes [7], [8] indicate this design approach, disregarding
the effects of the tension-shear interaction in the
connection elements.
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2 ANALYSIS OF EXPERIMENTAL
CYCLIC TESTS
The interaction between shear and tension forces in CLT
hold-down connectors was experimentally investigated
at University of Bologna. Experimental tests were
performed using a specifically designed test setup
suitable to prescribe both lateral and axial deformation to
the assembly of CLT panel with connection [11]. Five
different configurations were examined adopting a test
procedure prescribing, in a first phase, a monotonic
lateral displacement to the connection up to the target
value and, subsequently, applying the cyclic axial
displacement maintaining constant the lateral
displacement up to the end of the test. According to [11],
the tests are labelled as follows: LD-XY, where the
Lateral Displacement (LD) is maintained equal to XY
mm during the whole axial cyclic test, with XY = 0, 7.5,
15, 30, 45 mm for the five test configurations
respectively. Each typology was replicated twice for a
total of ten experimental tests.
For the purpose of this work, only the cyclic axial phase
of the tests is significant and is analysed in order to
evaluate the necessary parameters for CLT connections
by means of a specifically developed coupled sheartension numerical model. For the complete illustration of
the experimental results refer to [11].

2.1 Linearization criteria
The first step for analysing the experimental results
consists in the linearization of the load-displacement
curves, that is not regular and generally does not show a
well-defined yielding limit or failure conditions.
No unique linearization procedure exists and different
criteria could lead to quite different results. An extensive
overview of the most common approximation procedures
is given in Munoz et al. [14] and in Ceccotti et al. [15].
The most commonly adopted approximation is the bilinear one. Owing to their simplicity, bi-linear
approximations usually do not assure the reproduction
of the actual linear elastic stiffness of the connection if,
in the meantime, the conservation of dissipated energy
must be assured.
In the present paper, a tri-linear approximation of the
envelope load–displacement curves was adopted. The
tri-linear approximation allows for a more appropriate
representation of the experimental results: in particular
assuring also the preservation of the elastic stiffness of
joints. Actually, in a numerical model of a timber
structure, the correct evaluation of the initial elastic
stiffness of joints has a significant relevance for example
when the dynamic response of the entire structure
(including the fundamental periods of the structure) must
be assessed. Moreover, the elastic behaviour strongly
affects the estimate of structural displacement when
serviceability limit states must be verified [9].
In this work, the branches of the tri-linear backbone
curve are defined as follow: (1) the first branch stiffness
(k1) is the unloading stiffness of the cycles; (2) the
second branch stiffness (k2) is defined as the 0.1-0.4
stiffness – i.e., the gradient of the line obtained
intersecting the experimental curve at the 10% and 40%
of the maximum force (Fmax); (3) the hardening branch
stiffness (k3) is defined imposing both the respecting of
the peak force point (Fmax; Fmax) and the equivalence of
strain energy between experimental envelope curve and
analytical tri-linear approximation (in the range 0-Fmax);
the softening branch stiffness (k4) is finally defined as
the gradient of the line connecting the peak force point
(Fmax; Fmax) and the failure point, the latter
conventionally assumed as the point in the loaddisplacement curve with a force equal to 0.8 the peak
force (Fu=0.8Fmax).
energy strain
compensation

FORCE

Similarly, numerical models typically adopted to
investigate the behaviour of complex CLT structures
(e.g. [9], [10]) do not reproduce the interaction between
shear and tension forces in the connection elements.
However, this simplification is proved to be inadequate
by analysing the experimental tests carried out by Pozza
et al. [11].
The need of a reliable model for CLT connections was
first addressed by Rinaldin et al. [12]: they developed a
specific numerical model that accounts for the force
coupling problem. In particular, in this model the tension
- shear force interaction is accounted for by considering
the resistant domain of the connection systems provided
by standard [13]. Therefore, the interaction is taken into
account only from the force side, assigning the shape of
the connection’s resistant domain without any explicit
correlation with the actual displacement and stiffness
parameters of the connections. Furthermore, the
backbone envelope curve is modified only once, when
for the first time the domain limit surface is reached.
In this paper, after a brief presentation of the
experimental program carried out by some of the authors
(i.e., [11]), a model for CLT hold-down connectors, able
to account for the actual tension – shear interaction, is
proposed and described.
For an accurate calibration of the model parameters, a
method to evaluate the significant strength and stiffness
parameters from the experimental cyclic forcedisplacement curves is defined and the necessary
information on the effect of the tension – shear
interaction on the global behaviour of the hold-down
connections are provided.

k2

k1

F max

k3

F y2
Fu

(0.8 Fmax)

k4
F y1
 y1

 y2

 Fmax

 Fu

DISPLACEMENT

Figure 1: scheme of the adopted tri-linear skeleton curve
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The intersection of the first elastic branch and the 0.1-0.4
branch defines the 1st yielding point (y1, Fy1) of the trilinear skeleton curve. The 2nd yielding point (y2, Fy2) is
defined as the intersection point of the 0.1-0.4 branch
and the hardening branch. Figure 1 gives a
schematization of the adopted tri-linear skeleton curve.
2.2 Tri-linear backbone curve from experimental
tests
The proposed tri-linearization criterion is used to obtain
the backbone curves from all experimental tests. Figure
2 and Figure 3 show the obtained tri-linear skeleton
curves for all the examined configurations LD-XY for
the 1st and the 2nd series of experimental tests,
respectively.

Table 1: Stiffness values of backbone curves for all
configurations LD-XY and for series 1 and 2

LD
k1 [kN/mm] k2 [kN/mm] k3 [kN/mm] k4 [kN/mm]
cycl. 1
13.10
4.11
1.20
1.63
0 cycl. 2
14.20
3.85
1.40
1.06
mean
13.65
3.98
1.30
1.34
cycl. 1
16.00
4.85
1.15
1.19
7.5 cycl. 2
15.79
4.99
1.05
1.69
mean
15.90
4.92
1.10
1.44
cycl. 1
17.80
5.12
1.10
1.51
15 cycl. 2
18.20
4.74
0.95
1.30
mean
18.00
4.93
1.03
1.41
cycl. 1
23.00
6.35
0.78
1.38
30 cycl. 2
25.00
6.00
0.85
1.13
mean
24.00
6.17
0.82
1.26
cycl. 1
32.00
6.22
1.40
1.04
45 cycl. 2
33.00
7.77
1.15
0.60
mean
32.50
6.99
1.28
0.82
Table 2: Displacement values of skeleton branches for all
configurations LD-XY and for series 1 and 2.

Figure 2: tri-linear backbone curves for all configuration series n.. 1

LD
cycl. 1
0 cycl. 2
mean
cycl. 1
7.5 cycl. 2
mean
cycl. 1
15 cycl. 2
mean
cycl. 1
30 cycl. 2
mean
cycl. 1
45 cycl. 2
mean

 y1 [mm]
0.27
0.23
0.25
0.17
0.25
0.21
0.06
0.14
0.10
0.14
0.12
0.13
0.08
0.09
0.09

 y2 [mm]
7.56
7.76
7.66
4.83
4.99
4.91
4.87
5.00
4.94
3.29
3.37
3.33
2.71
1.97
2.34

 Fmax [mm]
12.90
13.40
13.15
14.40
14.40
14.40
14.60
15.90
15.25
14.90
14.90
14.90
11.80
11.93
11.87

 Fu [mm]
17.80
21.00
19.40
20.50
18.82
19.66
19.40
21.45
20.43
19.59
20.60
20.10
17.87
21.68
19.78

Table 3: Force values of skeleton branches for all
configurations LD-XY and for series 1 and 2.

Figure 3: tri-linear backbone curves for all configuration series n. 2

Approximation of experimental curves reported in
Figure 2 and in Figure 3 confirm that the tension/shear
interaction is actually significant for hold-down
connections.
In particular, the effects are relevant especially as far as
the peak force values (Fmax) is concerned, but also for the
second yielding point (y2, Fy2) and consequently for the
elastic and hardening stiffness (k2 and k3).
Table 1 reports the stiffness values for the different
branches of the obtained skeleton curves.

LD
cycl. 1
0 cycl. 2
mean
cycl. 1
7.5 cycl. 2
mean
cycl. 1
15 cycl. 2
mean
cycl. 1
30 cycl. 2
mean
cycl. 1
45 cycl. 2
mean

Fy1 [kN]
3.48
3.30
3.39
2.78
3.87
3.33
1.01
2.62
1.82
3.33
2.89
3.11
2.62
2.98
2.80

Fy2 [kN]
33.48
32.30
32.89
25.38
27.56
26.47
25.62
25.64
25.63
23.31
22.40
22.86
18.98
17.55
18.26

Fmax [kN]
39.88
40.19
40.04
36.38
37.44
36.91
36.33
35.99
36.16
32.37
32.20
32.28
31.70
29.01
30.35

Fu [kN]
31.91
32.16
32.03
29.11
29.95
29.53
29.06
28.80
28.93
25.89
25.76
25.83
25.36
23.21
24.28

Table 2 and Table 3 report, respectively, the
displacement and force values for the different points
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representing the branches intersection of the obtained
skeleton curves. The mean values are listed for each
configurations LD-XY.
In order to better understand the axial (i.e. tensile)
response of the connection subjected to imposed lateral
(i.e. shear) deformation, regression analyses of each
significant parameter are performed and used to develop
the numerical model described in the next sections.

3 NUMERICAL MODEL
The results obtained from experimental tests in terms of
tri-linear backbone envelopes are used in order to define
a numerical model that can be profitably applied to
account for the interaction between tension and shear
forces in typical hold-down connections.
3.1 Regression analyses of experimental data
The parameters defining the backbone tri-linear
envelope, described in section 2.2, are analysed by
means of linear regression analyses in order to identify
their correlation with imposed LD. In Figures 4-6 the
experimental data for cyclic series 1 and 2 are depicted
with the result of linear regression. It can be seen that
both displacement at first yielding point and peak force
are not significantly correlated to the imposed LD-XY.
On the other hand, displacement at second yielding point
is considerably affected by imposed LD-XY, and the
proposed model accounts for such a correlation.

Figure 4: Displacement at first yielding point: experimental
data and regression

Figure 5: Displacement at second yielding point: experimental
data and regression

Figure 6: Peak force displacement: experimental data and
regression

The results of linear regression together with
experimental data for cyclic series 1 and 2 in terms of
force at first and second yielding point and peak force
are depicted in Figures 7-9. It is worth noting that the
force at first yielding point, similarly to the
corresponding displacement, is not significantly affected
by LD-XY. On the contrary, both force at second
yielding point and peak force are affected by imposed
LD-XY. Due to the acceptable similarity between
gradient of both linear regressions for Fy2 and Fmax, and
considering the limited number of experimental data, at
the present stage of research, the proposed model
accounts in a simplified way the reduction of Fy2 and
Fmax with increasing LD, assuming for both parameters,
the gradient obtained by linear regression of F max.

Figure 7: Force at first yielding point: experimental data and
regression

Figure 8: Force at second yielding point: experimental data
and regression
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𝛿𝑦1(𝐿𝐷) = 𝛿𝑦1(𝐿𝐷−0)

(1)

𝐹𝑦1(𝐿𝐷) = 𝐹𝑦1(𝐿𝐷−0)

(2)

𝛿𝑦2(𝐿𝐷) = 𝛼 ∙ 𝐿𝐷 + 𝛿𝑦2(𝐿𝐷−0)

(3)

𝐹𝑦2(𝐿𝐷) =

Figure 9: Peak force: experimental data and regression

3.2 Model description
Starting from the results obtained by regression analyses,
a numerical model accounting for the interaction
between shear and tensile behaviour of typical holddown connections is proposed and described in this
section. A schematic representation of the model is
depicted in Figure 10, where F- indicate axial force and
displacement, LF-LD stand for lateral force and
displacement, and i, j stand for the two end nodes of the
implemented bi-directional zero-length element. The
constitutive model used for the axial direction, named
Hold-down WoodConnection (HWC) in Figure 10, is
defined by four characteristic points as shown in Figure
11.

LDi
i

ZEROLENGHT ELEMENT

LFi
Fi

LDj
j

PINCHING 4 – HOLDOWN
WOOD CONNECTION

LFj
Fj

BI-DIRECTIONAL

𝛽
𝐹max(𝐿𝐷−0)

𝐹𝑦2(𝐿𝐷−0) 𝐿𝐷 + 𝐹𝑦2(𝐿𝐷−0)

(4)

𝛿𝐹𝑚𝑎𝑥(𝐿𝐷) = 𝛿𝐹𝑚𝑎𝑥(𝐿𝐷−0)

(5)

𝐹max(𝐿𝐷) = 𝛽 ∙ 𝐿𝐷 + 𝐹𝑚𝑎𝑥(𝐿𝐷−0)

(6)

𝛿𝑢(𝐿𝐷) = 𝛿𝑢(𝐿𝐷−0)

(7)

where subscript (LD-0) denotes the corresponding
parameter for the case LD = 0 mm (i.e. uni-axial
behaviour) and 𝛼, 𝛽 are model parameters. Considering
the linear regression analyses reported in the previous
section, the values assumed for such model parameters
are, respectively, 𝛼 = −0.1041 and 𝛽 = −0.2094. As
already mentioned, the parameter 𝛽 controls both Fy2(LD)
and Fmax(LD).

4 CALIBRATION AND VALIDATION
The proposed model was implemented in the F.E.
framework OpenSees [16] taking advantage of its code
modular structure.
The experimental results with imposed LD equal to zero
(i.e. uni-axial behavior of connection) were considered
in order to calibrate the numerical model. The numerical
response (black line) is compared with experimental
results of series 1 and 2 in Figure 12, where the tri-linear
backbone envelope is superimposed to the numerical
result.

Figure 10: Schematic representation of proposed model
F(LD)

LD = 0
LD > 0

Fmax(LD)

Fy2(LD)

Fy1(LD)

Figure 12: backbone envelope for LD-0
y1(LD)

y2(LD)

Fmax(LD)

u(LD)

(LD)

Figure 11: Proposed constitutive model for hold-down
connection

Two characteristic points are affected by LD according
to results from regression analyses. In particular, the
following equations are adopted:

The other test results are considered in order to validate
the proposed model. The results of numerical simulation
are depicted in Figure 13-Figure 16. Moreover, the main
parameters of tri-linear backbone envelopes from
experimental tests (mean between cyclic series 1 and 2)
and from numerical simulation are reported in Table 4
together with the percentage error.

WCTE 2016 e-book | 4174

Table 4: Backbone envelope parameters for different values of
LD: comparison between numerical and experimental results.

Figure 13: backbone envelope for LD- 7.5

Figure 14: backbone envelope for LD-15

Figure 15: backbone envelope for LD-30

Figure 16: backbone envelope for LD-45

exp. [kN/mm]
k 2 num. [kN/mm]
error [%]
exp. [kN/mm]
k 3 num. [kN/mm]
error [%]
exp. [kN/mm]
k 4 num. [kN/mm]
error [%]
exp. [mm]
 y2 num. [mm]
error [%]
exp. [mm]
 Fmax num. [mm]
error [%]
exp. [kN]
F y2 num. [kN]
error [%]
exp. [kN]
F max num. [kN]
error [%]

LD-0
3,98
4,00
0,4%
1,30
1,30
0,0%
-1,34
-1,30
-3,2%
7,66
7,66
0,0%
13,15
13,15
0,0%
32,89
32,89
0,0%
40,04
40,04
0,0%

LD-7.5
4,92
4,30
-12,6%
1,10
1,10
0,0%
-1,44
-1,20
-16,9%
4,91
6,88
40,1%
14,40
13,15
-8,7%
26,47
31,60
19,4%
36,91
38,47
4,2%

LD-15
4,93
4,60
-6,6%
1,03
0,90
12,2%
-1,41
-1,20
-14,6%
4,94
6,10
23,6%
15,25
13,15
-13,8%
25,63
30,31
18,2%
36,16
36,90
2,0%

LD-30 LD-45
6,17
6,99
5,70
8,00
-7,7% 14,4%
0,82
1,28
0,70
0,60
14,1% 52,9%
-1,26
-0,82
-1,10
-1,00
-12,4% 22,0%
3,33
2,34
4,54
2,98
36,3% 27,3%
14,90
11,87
13,15
13,15
-11,7% 10,8%
22,86
18,26
27,73
25,15
21,3% 37,7%
32,28
30,35
33,76
30,62
4,6%
0,9%

The comparison between experimental tests and
numerical simulation evidences that stiffness k2 is quite
well captured with increasing imposed LD, being the
maximum error below 15%. Similarly, stiffness k 3 is
very well reproduced by numerical model, except for the
case LD-45 with an error around 50% (see also Figure
16). Such an error could be justified considering the
simplified hypothesis assumed, at the present stage of
research, by the model: i.e. the same strength
degradation parameter 𝛽 for both Fmax and Fy2. Finally,
the numerical model properly captures also the stiffness
k4 with increasing imposed LD, being the maximum
error of about 20%.
As for the displacements, the model representation of dy2
with increasing imposed LD is sufficiently accurate for
some of the configurations, while for some other
configurations the error grows to almost 40% . Such
inaccuracies could be reduced by considering a weighted
regression with higher weight to the first point (LD = 0
mm), i.e., by imposing the linear function to start from
the point corresponding to LD-0. On the other hand,
displacement dFmax is quite well captured by numerical
model, confirming the suitability of the model
assumption represented by equation (5).
Concerning the force Fy2, it can be observed that the
model prediction is acceptably good, except for the case
of LD = 45 mm. Similarly to k3, the reason of such a
relevant error could be ascribed to the assumption of a
unique parameter 𝛽 controlling both peak and second
yielding point strength reduction with increasing LD.
Finally, Fmax is remarkably well captured by numerical
model, with errors lower than 5%. It is worth noting that
this parameter can be considered as the most important
one for the estimation of connection’s load bearing
capacity.
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5 HISTERETIC BEHAVIOR
The accuracy of the proposed model, presented in
section 3.2, has been verified for monotonically
increasing load conditions. In this section, a proposal to
account for cyclic load conditions is presented, by
introducing some specific rules for the hysteretic
behavior, together with some preliminary results.
In detail, the HWC model has been enriched with
hysteretic rules inspired to the Pinching4 hysteretic
model [17] available in OpenSees material library. In
particular six parameters define the unload-reload rules
(see Figure 17).
F
2P; F2P

4P; F4P

4N; F4N

rdispN ∙ min ;
rforceN ∙ Fmin

3N; F3N

Figure 19: Dissipated energy for LD-0

3P; F3P

rdispP ∙ max ;
rforceP ∙ Fmax

1P; F1P

*; uforce_P ∙ 3P

max; Fmax

1N; F1N

*; uforce_N ∙ 3N



2N; F2N

min; Fmin

Figure 17: Hysteretic rules parameters for HWC model

The model parameters has been calibrated considering
the dissipated energy at the third 12 mm cycle of the
experimental test LD-0. Such calibrated parameters are
reported in Table 5. The cyclic numerical response is
depicted in terms of axial force-displacement in Figure
18 toghether with cyclic experimental results. Moreover
in Figure 19, the dissipated energy obtained from
numerical model is compared with that obtained from
experimental tests. It can be observed that the model
reproduce reasonably well the hysteretic behavior up to
the peak strength. Afterwards the model tends to
overestimate the dissipated energy.

Figure 20: Cyclic response for LD-15

Table 5: Parameters for hysteretic rules.

rDispP
rForceP
uForceP

0,72 rDispN
0,22 rForceN
-0,06 uForceN

0,01
0,50
0,02
Figure 21: Dissipated energy for LD-15

Figure 18: Cyclic response for LD-0

Figure 22: Cyclic response for LD-30
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In particular some more studies are necessary to better
define the cyclic behaviour, investigating in depth the
possibility of changing the loading-unloading rules in
order to better reproduce the reloading stiffness.
Moreover, in order to develop reliable numerical models
for the analysis of complex CLT structures, the
behaviour of shear connections under combined shear
and tension forces need to be addressed by means of
specific experimental campaign and a new numerical
model for shear connections need to be developed.

7 ACKOWLEDGEMENTS
Figure 23: Dissipated energy for LD-30

The capability of the model to reproduce the hysteretic
behaviour of hold-down connections, with increasing
imposed LD, is preliminary shown as an example for the
configuration LD-15 and LD-30, series 1. The results in
terms of axial force-displacement and dissipated energy
for such configurations are depicted in Figures 20-23.
The numerical model generally underestimates the
dissipated energy for low amplitude cycles (i.e. 4.5-6
mm cycles), while generally overestimates the dissipated
energy for high amplitude cycles (i.e. 24 mm cycles).
The results in terms of dissipated energy corresponding
to the third 12 mm cycle and to the first 24 mm cycle are
reported in Table 6 for numerical and experimental
results and their relative error. It can be verified that the
model represents sufficiently well the dissipated energy
with an error below 20%. The numerical model can be
probably enhanced defining new hysteretic loadingunloading rules in order to better capture the reloading
stiffness. This topic will be the subject of a future
research.
Table 6: Dissipated energy at third 12 mm cycle and first 24
mm cycle for different values of LD: comparison between
numerical and experimental results
Diss. Ener. exp. [kJ]
Third 12 mm num. [kJ]
cycle
error [%]
Diss. Ener. exp. [kJ]
First 24 mm num. [kJ]
cycle
error [%]

LD-0
LD-15 LD-30
506,60
640,80
635,80
514,10
518,40
524,50
1,5%
-19,1% -17,5%
965,70 1132,00 1053,00
1059,00 1028,00 998,50
9,7%
-9,2%
-5,2%

6 CONCLUSIONS AND FURTHER
DEVELOPMENTS
The relevance of interaction between tension and shear
in the typical CLT connectors, specifically hold-down
connections, shown by a number of experimental
campaign, is accounted for in the proposed numerical
model. In particular, strength and stiffness degradation
due to interaction between tension and shear are
correctly captured in monotonic tests. Moreover some
preliminary results on cyclic behaviour are discussed.
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TIMBER-STEEL HYBRID BEAMS FOR MULTI-STOREY BUILDINGS:
FINAL REPORT
Wolfgang Winter1, Kamyar Tavoussi2, Felipe Riola Parada3, Andrew Bradley4
ABSTRACT: Timber-steel hybrid beams have been proposed, tested and analyzed for their use in multi-storey
buildings. After the first concepts and tests were presented in the WCTE 2014, two whole testing series are finished and
their results globally presented and analyzed. The beams fulfilled all the expectations and therefore can be presented as
a reliable possibility for future proposals of timber-based frame multi-storey buildings. The present paper presents a
summary of the part regarding hybrid beams inside the research project “Timber based mixed systems for dense
construction in urban areas” carried out by the Institute of Structural Design and Timber Engineering of the Vienna
University of Technology.
KEYWORDS: Multi-storey buildings, short-term testing, timber-steel, hybrid structures

1 INTRODUCTION 123
The combined use of timber and steel for building
purposes has a long history. Steel is used in modern
timber construction basically as a material for joints. The
partial cost of these components is relevant. An increase
in performance of the contemporary timber construction
could be achieved thanks to a more efficient use of both
materials together. Their synergy regarding construction
methods (dry construction, prefabrication, frame
construction) points to the possibility of developing
mixed construction systems. Long spans, small structural
depth and flexible ground plans could be achieved
thanks to prefabricated systems fast to assemble on site.
The interest of this type of solutions is not only for new
buildings, but also for refurbishing and remodelling of
the existing ones.
The recent developments towards sustainable
construction, limitations in the use of raw materials from
fossil origin and the reduction of CO2 emissions, should
act as motivation for the development of timber-based
mixed building concepts for urban multi-storey
buildings. The motto should follow the “light, fast, clean
and secure” guiding principles.
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Timber-steel hybrid beams have been proposed, tested
and analyzed for their use in multi-storey buildings.
After the first concepts and tests already presented in the
WCTE [1] [2], two whole testing series are finished. A
total number of 26 specimens with different crosssections were designed, calculated and tested.

Figure 1: Type D hybrid beam during assembling.

1.1 FUNDAMENTAL DESIGN CONCEPTS
The global objective of this research project is the design
of a multi-storey building with timber-steel hybrid
beams. Apart from the development of the hybrid beams
from the structural performance and technical production
points of view, as well as their structural modelling and
analysis for both short and long-term loads, it is
important to set the objective of joining rigid or semirigidly the beams to supports for achieving the
mentioned goals.
A list of fundamental design concepts for the planning
is:
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-

-

-

-

The achievement of an optimal static
performance, fulfilling the requirements for
both ULS and SLS
Both cross-section components, timber and
steel, should provide a quite similar carrying
capacity, i.e. they should have a quite similar
bending stiffness.
The covering of the steel elements with the
statically equivalent timber components should
provide enough self-fire protection for the
whole section performance in a fire situation.
The beams should be easy to assemble and to
disassemble. This allows fast and cheap
building procedures and the eventual recovering
and reuse of building elements.
A reduced weight of the individual components
should allow an easy and fast assembly.
The number of joining devices should be kept
to a minimum
The structural depth should be kept small in
comparison to only-timber solutions.
Long-term deformations should be taken into
account.
Rigid and semi-rigid joints should be possible
to be built.
The solutions should be competitive from an
economical point of view.

1.2 DESCRIPTION OF THE PROPOSED
SOLUTIONS
The hybrid beams proposed are composed of two
symmetrically arranged glulam or cross-laminated
timber beams and two cold-formed steel U profiles that,
placed back to back, form an I cross-section. As a
comparison, two different welded steel I profiles were
also used and tested. General principles regarding fire
protection were taken into account, although not used for
the dimensioning of elements until the second testing
series.
The four cross-section components are hold together
without horizontal shear connection thanks to four
threaded rods that connect the individual pieces
transversally. These connections are used only for
guaranteeing the geometrical arrangement of the cross
section. Moreover, it is assumed that the laterally
compressed timber will prevent the web buckling of the
steel pieces, allowing a high slenderness for the steel
elements. For the practical use of beams, and for fire
tests, the end bolts, washers and threaded rods should be
kept inside holes in the timber cross-section and covered
with a thick-enough timber or fire resistant material
closing piece.
The great advantage of the cold-formed profiles is their
geometric flexibility. The light weight of the individual
two U components is also an advantage for the assembly
in comparison to a statically equivalent welded I profile.
There are geometrically almost no limitations for the
option of welded profiles too, but the disadvantage is
(apart from the cost) the thermal deformations caused by
the welding procedures. These are important when thin
plates are welded, like in this case, warping and bending
the steel beams. This leads to problems in the assembling

and disassembling procedures and bigger tolerances are
needed.
The option of cold-formed steel profiles, until a plate
thickness of 4 mm, could be a multi-purpose, clean,
simple and price adjusted possibility. In the first testing
series the differences between the welded and coldformed steel profiles were examined, among many other
issues.

Figure 2: Hybrid beam cross-section and detail of cold-formed
steel elements

In the case of the timber components, two possibilities
were studied. One with glulam and the other with cross
laminated timber, which could be advantageous in the
case of high transversal pressure at the support areas.
It is important not to weaken excessively the timber
components when designing the grooves needed for
receiving the steel flanges. The grooves reduce the shear
capacity of the timber pieces. Due that the grooves are
placed far away from the neutral axis, where the shear
stresses reach their maximum values in the cross-section,
they are not an important problem. It can be calculated
how much timber should be left in place for avoiding
any shear problem. Moreover, the grooves weaken the
best quality boards in C-grades glulam, i.e. combined
glulam. This could cause reductions in the theoretical
beam capacity and stiffness.
In any case, these two points were examined and studied
during the testing series, and the problems guessed and
explained proved not to be relevant for the timber and
hybrid beams performance.

2 SINGLE SPAN BEAMS
In order to study their structural performance, single
span hybrid beams are tested under a four-point bending
test procedure, following EN 408 [3] and ISO EN 8375
[4].
The determination of the Young modulus for the timber
pieces was carried out following EN 408 [3] and
correspond to the global E-modulus value. For
controlling purposes the local values of the E-modulus
were also measured following the same norm. These
values differed minimally from the global ones and were
not taken into account anymore.
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2.1 DETERMINATION OF LOADS
It is necessary to define the actions on the structure for
the dimensioning of the structural elements. Their use
for multi-storey was defined as the first objective.
Therefore the load values were defined for one case of
Housing (Category A) and Office (Category B1 – in
existing buildings) buildings, and another case for Areas
were people may congregate (Category C) and Shopping
areas (Category D). All of this was done following EN
1990 [5] and EN 1991[6]. The list of the adopted loads
are stated in Table 1.
Table 1: Loads for dimensioning of structural elements

Load Type
Self-weight
SI dead load
Live load
Partitions
Total d.l.
Total l.l.
Design d.l.

(γG=1,35)

Cat. A, B1
2,5
1,6
2,0
0,8
4,1
2,8
5,5

Cat. C, D
2,5
1,6
5,0
0,8
4,1
5,8
5,5

Units
kN/m2
kN/m2
kN/m2
kN/m2
kN/m2
kN/m2
kN/m2
2

Design l.l.

4,2

8,7

kN/m

Total design
load

9,7

14,2

kN/m2

(γQ=1,50)

2.2 PREDIMENSIONING
The adopted surface loads were transformed in lineal
loads considering a spacing of 4,5 metres between
beams. With the resulting bending moment and shear
values for single span beams of 6 and 8 metres, the
hybrid beams can be pre-dimensioned.
Two limiting values of L/17 and L/20 for the beams
structural depth are defined (being L the span of the
beam) in order to adapt to a realistic allowable space for
structural elements in the frame of a multi-storey
building. In the first testing series the highest value
(L/17) will be used for 6 metres span beams. In the
second test series both values (L/17 and L/20) will be
applied for both 6 and 8 metres span hybrid beams.
The structural performance concept behind a hybrid
beam is a pure additive strategy of two independent
beams without horizontal shear connection between
them. The ideal dimensioning for an element is achieved
when both cross-section components, timber and steel,
reach at the same moment their respective limit stress
values. Shear stiffness was not considered for the
predimensioning of the first testing series. This way it
can be stated that the hybrid cross-section remains flat
before and after the bending deformation, and for beams
with a common position of the centre of gravity a certain
optimum ratio between the structural depth of both
materials can be found, as show exemplary in Figure 3.

Figure 3: Strain and stress diagram for both component,
timber and steel, of a hybrid beam.

The stress limit values to be reached in both materials, as
well as the structural depth ratio, are also influenced by
the application of the security factors for materials
following EN 1993 [7] and EN 1995 [8] and the
modification factor for humidity content and duration of
load for timber kmod. For this last parameter the value
corresponding to Service class 1 and a medium-term
Load-duration class was adopted. In any case, the
influence of these parameters was taken into account
during the second testing series.
2.3 CALCULATION OF SINGLE SPAN BEAMS
In a first step only the elastic range is considered for the
calculation of a hybrid beam. At the beginning possible
local losses of stiffness are not considered to find the
maximum possible value for this parameter.
The goal is the minimization of the difference between
this theoretically maximum possible stiffness and the
real one that will be measured with tests. For measuring
this difference, the slope of the theoretical loaddisplacement diagram and the real one will be compared.
Local losses of stiffness can be occasioned by defect
load application, tolerances in contact points or by the
variability of material properties, especially in the case
of timber. Also, although to a smaller degree, a certain
lack of precision during the cold-forming process for the
folded steel elements could lead to variations between
the maximum stiffness allowable and the real one.
From a structural performance point of view the hybrid
beams is considered as two vertically coupled individual
beams, without horizontal shear connections, as shown
in Figure 4.

Figure 4: RSTAB model with pin-jointed connection bars.

This structural behaviour was modelled using the
programm RStab from the company Dublal and was also
programmed in Microsoft Excel making use of static
equations. Both methods, which basically follow the
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same conceptual procedures, provided the same kind of
results and were used to detect possible mistakes and to
check the validity of each other.
It is common not to take into account the contribution of
the shear flexibility for the case of slender bars under
bending. But in some cases, like not too slender bars and
especially with materials like timber, the influence of the
shear flexibility on the overall structural performance
can start to have some relevance. This influence is in any
case reduced for single span beams inside a range of
slenderness from L/17 to L/20 like the ones studied.
The possible difference between the theoretically shear
stiffness and the real one could contribute to small
differences between the ideal and the real beam
performance. In the second testing series, and in order to
minimize the possible mistake due to this effect, a given
shear stiffness (G·A´) was implemented in the
calculation models and adjusted to the real performance,
after testing the timber pieces.

Table 2: Specimens of the first testing series

3 FIRST TESTING SERIES

3.2 TESTING PROCEDURES

The first testing series was carried out during May 2013.
In this series all the specimens were double-symmetric,
sharing timber and steel components the position of their
centres of gravity.
The main points to be studied were the overall hybrid
structural performance, the comparison of cross-section
variations (glulam vs. CLT/cold-formed vs. welded
steel), the verification and calibration of calculation
models, the checking of assembling procedures and
comparison of costs of the different variations.
All the hybrid beams for types B, C, and D were
obtained from the cutting of single pieces of glulam with
dimensions of 220x360 mm. The original block was cut
in three pieces, two 80x360 mm with grooves for the
hybrid beams and a remaining single glulam piece of
60x360 mm (beams type A).
3.1 SPECIMENS
Ten hybrid beams, with four different cross-sections
were tested in total, as shown in Table 2. Both the steel
welded cross-sections B and C, and the cold-formed D
and E types are made from S355 steel. The timber
components are GL28c glulam for all the cross-sections
except for type E, where CLT is used. The timber grade
of the CLT boards is C24.
The C and D steel cross sections were statically
equivalent designed in order to allow the comparison
between welded and cold-formed profiles, meanwhile
the steel cross-section B owns a specific steel design.
Cross-section E was designed to test the CLT option. All
these hybrid beams are 160x360 mm. The specimens
type A are pure glulam pieces and they were used for the
determination of the Young-modulus value of the timber
part of each hybrid beam.

Cross-section
A
B
C
D
E

Type

Specimens
8
2
2
4
2

Timber
GL28c
GL28c
GL28c
GL28c
CLT

Type

Steel (S355)
welded
welded
cold formed
cold formed

Type

Type

All the beams of the first testing series were tested
following the procedures of EN 408 [3] for four point
bending tests. The span was 6 metres and the loading
velocity 0,2 mm/s. The testing machine was a
Walter+Bai AG with two load heads capable of a
maximum load of 500 kN. The data acquisition system
used was ALMEMO 5690-2, recording the deformations
of five points placed over the neutral axis of the beam.

Figure 5: Load position for four point bending test with 6
meters span

After each test the humidity content of timber was
measured by the electrical resistance method and its
density calculated.

Figure 6: Image of specimens type C (left: welded steel) and D
(right: cold-formed steel) from the first testing series
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3.3 TEST SERIES A: DETERMINATION OF THE
GLOBAL GLULAM E-MODULUS
Glulam beams type A were tested for obtaining the
values of the global Young Modulus before rupture, and
later bending strength until rupture of the piece
following the procedures stated in EN 408 [3] and ISO
8375 [4].
Following EN 14080 [9] the Young Modulus middle
value of GL28c is of 1250 kN/cm2. The real value of
each specimen is stated in Table 3
Table 3: Determined global E-Modulus of cross-sections A

Cross-section
(Hybrid beam)
A01 (B01)
A02 (B02)
A03 (C01)
A04 (C02)
A05 (D01)
A06 (D02)
A07 (D03)
A08 (D04)

E-Modulus
(kN/cm2)
1208
1282
1384
1255
1282
1137
1260
1257

Comparison with
EN 14080
96,7%
102,5%
110,7%
100,4%
102,6%
90,9%
100,8%
100,6%

On the other hand the comparison welded steel elements
type C resulted not so regular. The welding caused
certain warping and longitudinal curve in the pieces due
to thermal deformations, making them much more
difficult to assemble.
They were also much more difficult to carry and put in
place due to their double self-weight compared with the
folded elements. A minimum of four men were needed
to handle and operate them.
In all the cases there were no buckling problems neither
in web nor in steel flanges in types B and C. The local
buckling happened only in the flanges in type D (never
in the web) under very high loads and always after the
rupture of the timber pieces, when theoretically the steel
parts were already inside the plastic range. This could be
directly observed during the test and recorded with
cameras. The buckling of flanges caused the opening of
a gap between the assembled hybrid beam components
and it was verified after the disassembling of the beams.
A summary of the most relevant data and graphic curves
of each test are shown in Table 4 to Table 7
3.5 DISCUSSION

The folded steel components for type D proved to be
dimensionally reliable, their straightness being almost
perfect. They could also be easily carried and assembled
by only two men.

The analysis of results shows that the hybrid beams with
cold-formed steel profiles are only in average 3% less
stiff than the welded options. It is important to note that
the real thickness of the welding seams were at first not
taken into account for the calculation of the moment of
inertia of the welded pieces, and therefore the real
difference between the two options is almost inexistent.
Due to their good performance only cold-formed steel
profiles will be used for the second testing series.
The value of stiffness of all the glulam-hybrid beams is
in average 89% of the ideal stiffness. These results show
the potential for improvements, especially at the points
of application of load and support areas.
The comparison of maximum loads for the series B, C
and D showed similar results for all of them.

Table 4: Results and graphic tests B01 – B02

Table 5: Results and graphic tests C01 – C02

Due to the known high variability of timber properties,
the idea was to test firstly the single glulam pieces in
order to obtain the rupture and Young modulus values.
This values could be used later to assess the real
performance of the correspondent hybrid beam, due that
they are obtained from the same piece of timber.
3.4 RESULTS: SERIES B, C, D and E

Beam
B01
B02

Stiffness
comparison
(Test/Theory)
88,3%
93,8%

First
Rupture
(kN)
122,3
90,4

Maximum
Load
(kN)
122,3
106,9

Beam
C01
C02

Stiffness
comparison
(Test/Theory)
91,8%
87,2%

First
Rupture
(kN)
128,6
117,4

Maximum
Load
(kN)
128,6
117,4
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Table 6: Results and graphic tests D01 – D04

Beam
D01
D02
D03
D04

Stiffness
comparison
(Test/Theory)
85,8%
89,4%
87,2%
87,1%

First
Rupture
(kN)
122,4
107,8
112,4
106,1

Table 7: Results and graphic tests E01 – E02

Maximum
Load
(kN)
122,4
107,8
119,4
108,1

Beam
E01
E02

Stiffness
comparison
(Test/Theory)
88,1%
86,5%

First
Rupture
(kN)
98,5
95,4

Maximum
Load
(kN)
98,5
95,4

The rupture mode is defined by consecutive tension
ruptures in the individual layers of the glulam
components as shown in Figure 7

Figure 7: Rupture sequence of a hybrid beam.

After several ruptures a certain carrying capacity for the
timber part is still remaining. It is interesting to note that
is all the tested cases the upper remaining timber pieces
helped to avoid both the local buckling of the steel web
and the possible lateral buckling of the whole beam.
With increasing load the system reaches point that lead
to the plasticization of steel and local buckling of upper
steel flanges.

Figure 8: Image of specimen D01 after testing and opening of
the section.

Figure 9: Image of specimen D01 after showing local buckling
beginning at the upper steel flange and extending to web.

4 SECOND TESTING SERIES
The second testing series started in December 2013.
Sixteen hybrid beams, with 6 and 8 metres span, were
planned, calculated, produced and tested. Only coldformed steel profiles were used with a steel plate
thickness of 4 mm.
An important difference in comparison to the first testing
series is the geometrical arrangement of the cross
section. In this case the upper steel flanges lay over the
top edge of the timber components, as shown in Table 9.
This would allow an easy and shear-stiff connection
between beam and floor structure. Moreover, this joint
with the floor structure would help to avoid local
buckling problems and provide fire protection to the
upper steel flange.
Thanks to this new disposition the tolerances needed
between timber and steel in the grooves are smaller than
in the first testing series. The hybrid cross-section
performs as two independent material components
without horizontal shear connection, and therefore the
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new disposition does not cause any difference from a
statically performance point of view.
4.1 SPECIMENS
The second testing series is composed of four different
cross-sections with 16 hybrid beams in total.
Table 8: Specimens of the second testing series

Cross-section
G
H
I
J

Specimens
6
6
2
2

Span (m)
6
6
8
8

Materials
GL28c/S355
GL28c/S355
GL28c/S355
GL28c/S355

The most important parameter for the analysis of each
cross-section can be found in Table 10
4.2 DESIGN AND DIMENSIONING
Hybrid beams with spans of 6 (G,H) and 8 (I,J) metres,
and with a structural depth-span ration of both L/20 (H,
J) and L/17 (G,I) were designed and dimensioned. In this
case the shear stiffness of the cross section was taken
into account. Also the partial security factors for the
properties of the materials and modification factor kmod.
For this last parameter the value corresponding to
Service class 1 and a medium-term Load-duration class
was adopted.
Table 9: Development of the cross-section geometry

kmod
γM
Elastic use

Series 1
1,0
1,0
100%

Transition
1,0
1,0
100%

Series 2
0,8
1,25
74%

Elastic use

100%

100%

100%

(S355)

(GL28c)

The fire protection requirements also influence the cross
section design. In this case a timber covering of 50 mm
for the inner steel elements was chosen for providing
enough protection for 60 minutes fire. The open gap in
the bottom part of the beams should be closed for real
applications.
4.3 TESTING PROCEDURES
The four point bending tests follow the same procedures
as stated for the first testing series.

Table 10: Specimens second test series
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4.4 DETER
RMINATION
N OF THE MODULUS
M
OF
ELAST
TICITY OF TIMBER
T
AN
ND MOMENT
T
OF INE
ERTIA OF ST
TEEL
Before the teesting of each hybrid beam, an individuall
four point beending test of its different material
m
components is carried out..
The two steeel components forming part of a hybrid
beam, were paired
p
and bollted together, and tested in
bending, at a constant speeed of 0.2 mm//s and until a
maximum deeformation of 20 mm underr the loading head
h
of the press. Considering a Young Moduulus of
2
N
for the steel, and witth the recordin
ng
E=210.000 N/mm
data, the reall bending stifffness (or effective Inertia) of
o
the folded beeam can be fou
und. The glulaam pieces werre
tested follow
wing the same procedure, altthough in this
case the real value of the Young
Y
Modulu
us was the loo
oked
for parameter of the tests.
These valuees were usedd later for asssessing the real
performance of each hybriid beam.

the hybrid beamss. The solutionns “Timber/steeel” and
“Steeel” are form both construcctive and strucctural points
of view
v
the best options.
o
The vvalues of maximum
stiff
ffness possiblee and the one m
measured in th
he tests is
alm
most the same, as can be read in Table 12,, 14, 15 and
16.

4.5 SUPPO
ORT CONDIT
TIONS
The results of
o the first teesting series pointed
p
out to
o the
possibility of
o improvemeents, especiallly in relation
n to
load transmisssion at the suupports.
In this seconnd series threee different configurations were
w
tested. The configuration
c
a in
“Timber (T)”” is the same as
the first series, meeanwhile the configuraation
“Timber+Steeel (T+S)” annd “Steel (S))” were new and
defined the materials in direct contaact with the base
b
plates to alloow the load trransmission to
o the supportss, as
shown in Figgure 11 and Fiigure 12

Figu
ure 11: Image of
o specimens typ
ype G from the second
s
testing
series, with supporrting conditionss “Timber(T)” (left)
(
and
“Tim
mber+Steel(T+
+S)” (right)

4.6 RESUL
LTS: SERIES
S G, H, I and J
A summary of
o the most reelevant data annd graphic cu
urves
of each test are shown from
f
Table 11
1 to Table 16. It
w
should be poointed out thaat the timber components were
ordered in tw
wo different moments.
m
The real quality off the
second orderr (beams G04--06 and beam
ms H04-06) waas of
much lower quality than
n the first on
ne. The tested
d Ec
clearlyy lower than the
modulus waas in these cases
previous onnes and, in addition, the relevant higher
number of big
b knots in the pieces ex
xplains the lo
ower
timber rupturre values obtaained from theese specimens.

Figu
ure 12: Image of
o specimen G005 from the seco
ond testing
series, with supporrting conditionss “Timber+Steeel (T+S)”

4.7 DISCU
USSION
The basic ruupture patternss and failure modes
m
are sim
milar
to the ones observed durinng the first testting series.
per steel flang
ge
In this case thhe local bucklling of the upp
could be welll observed dirrectly thanks to
t its visible
position. Thiis happened allways already inside the plaastic
range of the steel componeents, and afterr several timbeer
ruptures occaasioning a releevant weakeniing of the secttion.
The assumpttion that the stteel cross-secttion in hybrid
beams can bee counted as full
f performing
g, in spite of
being classifi
fied as Class 4 following EN
N 1993 [7], waas
confirmed byy the tests. Th
he covering off the upper steeel
flange in practical cases with
w deck mateerials could
contribute inn practice imprrove its perforrmance againsst
local bucklinng. It is importtant to notice the relevance of
the support conditions
c
for the optimum performance of

Figu
ure 13: Image of
o specimen typpe I showing loccal buckling of
steeel flanges after rupture
r
of timbeer components.
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Table 11: Results and graphics tests G01 – G03

Beam
(support
conditions)
G01 (T)
G02 (T)
G03 (T)

Stiffness
comparison
(Test/Theory)
86,4%
91,2%
89,8%

First
Rupture
(kN)
118,3
128,6
164,7

Table 12: Results and graphics tests G04 – G06

Maximum
Load
(kN)
135,2
150,6
164,7

Stiffness
comparison
(Test/Theory)
91,4%
88,9%
91,6%

First
Rupture
(kN)
131,5
125,5
134,7

Stiffness
comparison
(Test/Theory)
97,9%
97,9%
97,2%

First
Rupture
(kN)
118,1
147,9
127,3

Maximum
Load
(kN)
118,1
147,9
127,3

Table 14: Results and graphics tests H04 – H05

Table 13: Results and graphics tests H01 – H03

Beam
(support
conditions)
H01 (T)
H02 (T)
H03 (T)

Beam
(support
conditions)
G04 (T+S)
G05 (S)
G06 (S)

Maximum
Load
(kN)
131,5
125,5
134,7

Beam
(support
conditions)
H04 (T+S)
H05 (S)
H06 (S)

Stiffness
comparison
(Test/Theory)
97,8%
98,4%
98,8%

First
Rupture
(kN)
100,0
100,5
103,9

Maximum
Load
(kN)
107,2
102,4
103,9
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Table 15: Results and graphics tests I01 – I02

Beam
(support
conditions)
I01 (T+S)
I02 (S)

Stiffness
comparison
(Test/Theory)
98,6%
99,2%

First
Rupture
(kN)
168,2
184,6

Maximum
Load
(kN)
201,0
184,6

Table 16: Results and graphics tests J01 – J02

Beam
(support
conditions)
I01 (T+S)
I02 (S)

Stiffness
comparison
(Test/Theory)
95,5%
96,4%

First
Rupture
(kN)
211,8
147,1

Maximum
Load
(kN)
211,8
167,9

On the other hand, timber machining should be also kept
simple as possible, due that every production step makes
the final product more expensive.
The use of cross laminated timber as wood component
could be of interest and economically feasible in the case
of high pressure perpendicular to grain in the support
areas. In cases like this its use could compensate their
comparatively smaller bending stiffness with its better
performance under transversal compression. Due that the
difference in price from steel grade S355 to S235 was
really small (in Austria and during the testing periods it
was less than a 10% difference), the quality S355 was
chosen for reaching higher capacities. The timber price
was almost constant during the project duration
meanwhile the steel prices suffered relevant variations.
The relatively high price of the ordered test pieces was
partially due to the small number of pieces ordered, and
the fact that they should be produced as prototypes. It is
expected that for bigger quantities the price would be
considerably lower.
High accuracy of production was requested for the two
testing series for being able of studying with precision
the influence of a series of factors. This high accuracy is
for the prefabrication of elements and standard
construction site conditions not necessary anymore and
would in addition lower the price of components
demanded.
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4.8 COST-EFFECTIVENESS
The folding design of steel flanges should be kept as
simple as possible in order to allow a simple production.
The use of thin plates is also recommended because they
allow an easier folding and better geometrical accuracy
than the thicker ones. The use of other steel types,
welded profiles or castellated beams, is also possible, if
the problem regarding geometrical accuracy for the first
ones are solved. In any case welded beams were more
expensive than the cold-formed ones.
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DESIGN AND CONSTRUCTION OF A NOVEL STACKED GLULAM
WALL STRUCTURE
Richard Hough1, Bella Basaglia2, Simeon Passerini3
ABSTRACT: The architect for the Dr Chau Chak Wing Building at the University of Technology, Sydney, was Frank
Gehry of Gehry Partners LLP in association with Daryl Jackson Robin Dyke Architects. Arup was structural consultant.
This paper describes the structural design and construction of the unusual glulam and TCC (timber concrete composite)
structure erected within the foyer of the building. The ‘logs’ comprising the wall of the structure are 450mm x 650mm
glulam, fabricated from radiata pine. Inside the oval-shaped structure are two levels of 10m spanning TCC floors which
use a V-notch shear connection method, itself the subject of a research program at the University’s Faculty of Engineering
and IT.
KEYWORDS: Glulam, TCC, timber concrete composite, Frank Gehry

1 INTRODUCTION 123
The Dr Chau Chak Wing Building is the new premises for
the Business School at the University of Technology,
Sydney. Architects for the building were Frank Gehry of
Gehry Partners LLP in association with Daryl Jackson
Robin Dyke Architects. Within the foyer stands the 2storey Oval Room, used for special meetings and
seminars.
The Oval Room structure comprises glulam beams or
‘logs’ stacked to a height of 10.4m, with 10m spanning
TCC (timber concrete composite) floors at first and
second floor levels.
The client for the project was UTS Facility Management
Operations. Arup was structural consultant (team leader
George Cunha), Lend Lease was main contractor, and
TimberLab Solutions Ltd (Auckland) supplied and
fabricated the glued laminated timber. The building was
opened in 2014.

2

WALL STRUCTURE

The 142 glulam ‘logs’ that comprise the wall structure are
450mm wide by 650mm deep, stacked to a height of
10.4m (Fig. 1). The lowest layer of logs is fixed to the
foyer RC floor slab with pairs of M20 Grade 8.8
mechanical anchors.
Figure 1: Stacked glulam wall structure of the Oval Room
(photo credit Gehry Partners LLP)
1
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Extensive computer modelling was carried out to
determine risk of uplift at log-to-log interfaces, risk of
overturning of individual logs, and horizontal shear
demand at log interfaces (Fig. 2).

Figure 4: Typical layer of ‘logs’

Figure 2: Structural analysis model of the wall with explicit
links at screw locations

Figure 5: Typical log-to-log connection layout

The log-to-log connection detail chosen comprised 4
vertical screws per log (SFS Intec System WR-T-13x750)
set out in 2 pairs and installed from the top of each log
down pre-drilled holes that were oversized for their top
520mm (Figs. 4,5,6). That way only a short length of
screw flight was engaged above and below the log
interface, to minimise the risk from restraint-of-shrinkage
cracking.
The first computer analysis assumed all screws were in
place and the results indicated that some screws were in
tension under self-weight of the logs. In subsequent runs,
tension screws were removed in random sequences to
simulate unexpected problems with installation and to
demonstrate that log overturning would not occur even
under such conditions.
To accommodate any tolerance requirements that arose
during erection, circular hardwood bearing shims (JD4 to
AS1720.1, 160mm diameter) of thickness 6mm +/- 2mm
were provided at each screw location. The shims were
screwed to the lower log, to provide a positive path for
horizontal shear load to pass from log to log.
Seismic loading was the critical lateral loading condition
for checking strength and stability of the completed log
wall structure. As noted, the pattern of the stacked logs
also created a few instances of tension in screws at log
interfaces under gravity loading.

Figure 6: Section through typical log-to-log connection

Modelling demonstrated that the log wall was quite
capable of carrying its own weight and associated lateral
forces. However it was decided to introduce a steel ring
beam at each of the two suspended floor levels to carry
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the 10m spanning TCC floors, with the ring beams
supported on steel posts and stabilised back to the adjacent
concrete floor slabs of the main building structure. This
separation of floors and wall for vertical loads meant the
floors would not be subject to vertical movements arising
from any moisture induced movement of the stacked logs,
so floor links to the main building structure adjacent could
be simplified.
Before adopting the steel frame solution for floor support,
alternative structural schemes were considered using the
log wall to support the floors directly, but were discarded
for various reasons. One scheme was to insert vertical
reinforcement into each glulam log at bearing locations,
in the form of steel screws, steel rods, or hardwood
dowels, to reduce cross-grain moisture movement effects
in the stack of logs. Another was to fabricate the glulam
logs from a timber product with sufficient vertical-grain
material to minimise vertical moisture movement, such as
CLT or banded LVL.
The need to attach an external staircase to the Oval Room
was also a factor in the choice of structural solution. To
fix the flights and landings directly to the face of the log
wall would have led to complex joint details to receive
cantilever moments. The steel frame offered a much
simpler solution for fixing the stair, based on a single steel
cantilever support to the stair spine beams.
In the steel frame chosen, steel ring beams support the
edge of each of the two timber-concrete composite floors
and are 350mm x 530mm Grade 350 plated box sections
(Fig. 7). The columns are 400 WC 181 kg/m sections. All
joints are full-strength butt welded, given the ring beams
experience combined bending and torsion due to their
cranked configuration within the oval-shaped log wall.
Fireproofing to the steel frame is provided by 20mm firerated plasterboard, with timber cladding to finish.

Figure 7: Steel ‘ring beam’ and columns set within the
log wall to carry the load of the TCC floors

Short steel SHS sections connect the log wall to the ring
beam at floor levels, with generous vertical slots in the
steel brackets screwed to the logs to allow vertical
moisture movement of the wall. Support to the ends of
the glulam beams onto the steel box-section ring beam is
by Sherpa connectors.
Stability of the whole structure is provided by diaphragm
action in the concrete topping slab of the TCC floors.
Diaphragm shear forces are received by the concrete floor
slabs of the main building adjacent. The couple arising
from any lateral shearing action is received by
longitudinal forces in the glulam floor beams, which are
shear-connectd to the topping slab.
Glazing panels are installed between the ends of some of
the glulam logs in the wall, to provide visual connection
between inside and outside of the Oval Room. The
glazing is sealed to the logs to provide acoustic insulation.

3 FLOOR STRUCTURE
The timber concrete composite floors are near mid-height
and near the top of the 10.4m tall structure, and span up
to 10m. The floors comprise glulam beams up to 450mm
by 630mm deep at 1500mm centres, with a 120mm
reinforced concrete topping slab. The method of shear
connection chosen was by V-shaped notches in the top
edge of the glulam beams, with vertical coach screws at
notch locations to anchor the slab (Fig. 8).

Figure 8: TCC floor beams before fixing of formwork for
topping slab
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This shear connection detail had been researched
extensively by Professor Keith Crews of UTS Faculty of
Engineering and IT for its performance at ultimate limit
state, short and long-term deflection serviceability limit
states, and dynamic serviceability states, so there was
comprehensive research data available, including a TCC
design guidance document to which Arup had contributed
as consultant.

The design method used for the TCC beams was based on
the method in [1] which in turn is based on the Gamma
Method of Eurocode 5. Stiffness and strength tests on
trapezoidal and triangular notches were carried out at UTS
and results developed into design guidance, including the
requirement for even spacing of notches in the end
quarter-spans, and a minimum notch spacing formula
based on depth of beam. Limit state checks applied to the
beams were from AS1170.0 and AS1170.1, as follows:
Ultimate limit state, short-term loading
Ultimate limit state, long-term loading
Serviceability limit state, short-term loading (deflection
limited to span/300)
Serviceability limit state, long-term loading – with creep
(deflection limited to span/250)
Serviceability limit state, vibration.
Of these criteria, long-term deflection was critical.

Figure 9: Section through TCC floor

Regarding performance of the floor under fire conditions,
a 60 minute FRL (fire resistance level) was required and
was easily achieved by a charring argument using the
glulam beams alone, without reliance on any composite
action. Likewise charring of the glulam wall structure
provides 60 minutes FRL for the wall structure. Screw
fixings between logs are inset 100mm minimum from face
of members and so are also well-protected from fire.

Figue 10: Elevation on TCC beam

Figure 12: Fitout of services following construction of the
lower TCC floor (photo credit Gehry Partners LLP)

4 STAIRS

Figure 11: Shear connection detail for TCC beam

A timber staircase wraps around one end of the Oval
Room. The stair treads are supported individually on
glulam spine beams 450mm x 650mm in section. The
spine beams are supported in turn by a cantilever
extension of the steel box section ring beam at their upper
ends, and by the main building concrete floor slab at their
lower ends (Fig. 13). Secondary spine beams cross the
primaries and provide support to treads around the full
arcing sweep of the stair (Fig. 14). Connector details for
the spine beams generally comprise twin steel plates
slotted into the ends of the beams, and secured with an
array of 3 x 3 M16 Grade 4.6 bolts, with recessed and
plugged heads and nuts (Fig. 15).
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Figure 13: Layout of stair treads and spine beams

Figure 15: Support detail at top end of a spine beam

5 FLOOR DYNAMICS
5.1 MODELLING METHOD
A common approach to predicting if a timber floor will
have satisfactory dynamic performance is to check that
the first natural frequency is higher than 8 Hz, based on
EC5 [2]. This assumes that risk of resonance will be
minimised if the floor’s natural modes are removed from
the frequency range of likely forcing functions from
people walking.
Figure 14: Stair spine beams and treads (construction
stage - balustrade yet to be installed)
.

Correlation between first frequency and vibration
performance is not close enough to justify using
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frequency as the only criterion for performance however,
as observed by Winter et al [3]. They note cases of
unsatisfactory performance of light floors with frequency
well above 8 Hz, and satisfactory performance of heavier
floors with frequency below 8 Hz. Mass, damping and
disturbing force all need to be taken into account for more
reliable predictions.
Research was carried out on these issues in the UK in the
late 1990s and early 2000s, and footfall design guides
were published by UK industry bodies [4,5]. Arup was
involved in the development of the guidance and have
found it to be robust for floors of various construction
types and geometries. It was adopted for modelling the
behaviour of the Oval Room floors.
5.2 ACCEPTABILITY CRITERIA
In this guidance, acceptable levels of vibration for human
comfort are expressed in terms of a multiplier (or
‘response factor’) on the average threshold of human
perception defined in terms of root mean square
acceleration (AS2670 Part 1 / ISO 10137 / BS6472:1992).
This allows for the fact that people are more sensitive to
some frequencies than others.
A response factor of R=8, ie 8 times the level of vibration
that can just be perceived by the average person, is the
recommended criterion in [4] for a ‘typical office’, and
was adopted for the Oval Room.
5.3 MODELLING ASSUMPTIONS
Natural modes of vibration of the floor plates were
predicted using modal analysis and a finite element
model, shown in Fig 16. The timber concrete composite
floors were modelled using separate layers of elements for
the concrete plates and the timber beams. The beams were
modelled with linear elements and the concrete decking
with bending capable shell elements, assuming concrete
with a dynamic modulus of elasticity of 38,000 MPa as
recommended in [4].

a vertical offset element.
This vertical element delivers shear between the timber
and concrete elements. If the shear connection were fully
stiff, the offset distance would be equal to the actual
distance between the element axes. For the Oval Room
floors, shear delivery timber to concrete is as shown in
Fig.11. To take the shear flexibility of this connection
system into account, a reduced height of offset was used,
so the combined cross-section in the model had an
appropriately reduced bending stiffness. The reduction
was calculated using the method in [1] which is based on
the gamma method from EC5, and found to give a reduced
bending stiffness of 63% of the full value. For modelling
the composite section formed by the concrete slab acting
with the steel ring beam, a fully stiff shear connection was
assumed, given the steel shear stud system used.
The timber beams are supported at one end by the steel
ring beam, and at the other by the concrete slab of the
main building floor adjacent to the Oval Room. At both
ends, simple vertical restraints were assumed, but with
rotational restraint as well at the steel ring beam support
end. This support was provided by Sherpa connectors,
which were considered to provide good rotational as well
as vertical restraint.
At the end supported by the main building concrete slab,
the composite topping slab was not continuous with the
main slab. Horizontal restraints were therefore avoided at
that end, to avoid generating support moments in the
timber-concrete composite beams. On the other hand, at
the end supported by the steel ring beam, the topping slab
was attached to the ring beam via the shear studs, thereby
adding to the moment fixity already assumed from the
Sherpa connectors. Steel beam connections to the main
concrete slab were assumed to be fixed, given that typical
steel connections tend to behave as if continuous under
dynamic loading [4].
The timber stair spine beam connection to the main
concrete slab was assumed to be pinned. Steel columns
were assumed to be fixed at their bottom connections to
the ground floor slab.
The stair spine beam connections to the steel cantilever
beam that supports the upper ends of the spine beams was
released for axial and rotational movement. This was to
ensure the cantilever beam could move up and down
freely without restraint from the inclined spine beams in
the model.
Superimposed dead loads were estimated at 50 kg/m2.
For modelling purposes, applicable live loads for both
TCC floor levels were also estimated at 50 kg/m2.

Figure 16: FE model for dynamic analysis of floors
To generate composite action between timber and
concrete, the two layers of elements were connected with

Damping was assumed to be 2 % for all modes. Walking
frequencies were assumed to be between 1.5 and 2.5 Hz
for a person walking on the floor and up to 3.5 Hz on the
stairs, given people can walk faster on stairs than on
floors.
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5.4 MODELLING PREDICTIONS
The lowest natural frequency of the floor plate according
to the model was 9.4 Hz, with modeshape as shown in Fig.
17.

Figure 18: Typical FFT plots
Figure 17: First modeshape from dynamic model
Regarding vibration response, the highest R factors
related to a person walking briskly down the stairs,
exciting the floor area just inside the Oval Room wall
adjacent. The area affected was very small however, and
most of the floor area returned R factors well below the
target of 8.
Under the action of a person walking on the floor itself,
there were also some areas where the model returned
resonant R factors higher than 8, though transient
response factors were generally lower, with just a few
isolated patches that were higher.
5.5 PERFORMANCE AS MEASURED ON SITE
Two types of tests were conducted on site:
- Impact (heeldrop) tests – to identify the frequencies and
damping of the natural modes of vibration of the floors.
- Walking tests, at 1.5, 2.0 and 2.5 steps / second,
representing slow, medium and fast walking (and 3.5 Hz
on the stairs).
The purpose of the tests was to:
- Confirm the approximate mode shapes and natural
frequencies of critical modes.
- Confirm structural damping levels.
- Measure the peak response generated due to a single
person walking, to compare with predictions.
Natural frequencies were estimated from Fast Fourier
Transforms (FFT) of the impact test data. Typical FFT
plots are shown in Fig. 18. The first natural frequency of
the floors was found to be 8.6 Hz, with modeshape as
shown in Fig. 19.
Damping was estimated by a logarithmic decrement
procedure, returning a value close to 2.0%.

Figure 19: First modeshape from test results
The vibration response was measured using
accelerometers fixed to the floor while a single person
walked across the floor.
The weighted RMS method described in [4] was used to
process the measured data, allowing a response factor to
be deduced. The walker’s mass was normalised back to
76 kg as used in the modelling predictions, for comparison
purposes.
As predicted, the biggest response on the floor was caused
by a person walking on the stair adjacent to the floor. The
measured response factor peaked at about 3.4. R factors
on the stair itself from a person walking down the stairs
peaked at about 8.2.
Responses on the floor from a
person walking on the floor, were all safely below the
target of 8.
5.6 MODEL PREDICTIONS VS MEASURED
RESULTS
Correspondence between modelling predictions and
measured results was good for the first natural frequency
(9.4 Hz vs 8.6 Hz respectively) and modeshapes (Fig. 17
cf Fig. 19), and the modelling assumption of 2% damping
was confirmed by the measured results.

WCTE 2016 e-book | 4195

Regarding vibration response of the floors, there were
areas where modelling predictions ranged above the target
maximum response factor of 8, while all the test results
were below 8.
The most likely explanation for the
differences was inaccuracy in modelling, or the inability
of the walkers in the tests to excite the floor given
limitations on steady walking created by fitout features
like steps and fixed furniture.
Overall the dynamic performance of the floors as
observed was well within the acceptability criteria. The
model provided an accurate picture of frequency and
modeshape, and correctly predicted areas that would be
sensitive to excitation.

6 FABRICATION AND ERECTION
Timber for the glulam logs is radiata pine from forests in
the North Island of New Zealand. Fabrication was by
TimberLab Solutions Ltd of Auckland. Glulam pieces
varied in length from about 2m to 12m, with a typical
cross-section of 450mm x 650mm and tolerance target of
+1mm to +4mm, checked at fabrication shop before
transport to Sydney.
Strength grade of the glulam was GL10 to AS/NZS1328.
All timber was mechanically graded to determine stiffness
and strength. Shook lengths ranged up to 6m and
averaged about 2.5m. The glue used was a melamine
fortified urea, to provide clear glue lines.
Typical logs were first fabricated as half-members,
225mm x 650mm, which allowed planing on all sides in
TimberLab’s 2m x 300mm capacity Kupfermuhle planer,
prior to final glueing of the two halves to produce the full
450mm x 650mm section (Fig. 20).
For the structural floor beams, the board stacking pattern
was staggered over the 450mm width of the beam section.
That is, the beam was not assembled from two halves, but
fabricated as a single section, starting with edge-jointed
layers 450mm wide.

Figure 20: 450mm x 650mm glulam ‘log’
The Oval Room is set in a tall foyer space within the main
reinforced concrete building which was constructed first,
so erection was constrained by the concrete slab overhead.
Hoist rails for lifting the logs and beams were fixed to the
underside of the slab. An advantage was that the timber
benefited from weather protection during erection.
Moisture content of elements was nevertheless monitored
regularly, given the considerable height of cross-grain
material and the need to keep a close watch on vertical
tolerances.

Finishing of these full sections was then carried out on
TimberLab’s Weinmann WMP 240 5-axis bridge (Fig.
21), which could execute clean cutting up to 700mm of
depth. Sanding followed the CNC cutting to provide the
required finish.
The 5-axis Weinmann was also used to cut the shear keys
to the floor beams, and all other rebates, notches and
tapers (Fig. 22). Corners were quarter-rounded and all
surfaces sanded to a smooth finish. A first coat of Cabots
Cabothane Clear water-based satin sealant was applied in
the fabrication shop, prior to transport from Auckland to
Sydney in 20ft and 40ft box containers.

Figure 21: Processing of TCC glulam beams on
TimberLab’s 5-axis Weinmann WMP 240 (photo credit
TimberLab)

WCTE 2016 e-book | 4196

Figure 22: Shaped glulam logs after processing (photo
credit TimberLab)

Figure 23: Electrical services installation beneath
completed TCC floor structure
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NEW GUIDELINES FOR DESIGN OF TIMBER CONCRETE SYSTEMS
FOR POINT AND LINE LOADS
Sandra Mont iro1, Al r do Dias2, S r io Lo s3

ABSTRACT: Point and line loads are common load cases in slabs, however their effects on timber-concrete composite
(TCC) slabs are not fully known. Hence, the importance of investigating the associated structural behaviour and
developing technical design rules. For this purpose, an investigation including experimental tests and theoretical analyses
was performed. Five composite real scale specimens were built, each one associated with a different parameter whose
effect onthe load distribution was intended to be analysed. Each specimenwas subjected, at a time, to point and line loads
over each beam at different locations. Numerical modelling showed good agreement with experimental results and give
way to a parameter study. In general, the beam over which the load was applied received the highest share of load and
the distribution for the remaining beams is significantly affected by the span.
KEYWORDS: TCC floors, Point and line loads, Transverse distribution of load, Experimental and numerical
modelling

1 INTRODUCTION

123

Point and linear loads are very common in floors,
consequence of heavy items, such as furniture or
equipment in floor rehabilitations or walls parallel to the
beams longitudinal axis, which makes the manner in
which these types of loads are distributed to the various
timber elements, so important to be understood. This will
certainly contribute to optimize the design of
timber-concrete floor solutions. Although the floors may
be idealized as a series of repeatable elements, placedside
by side, and calculated associating the action of a point
load only to the element where it is applied, this is not
entirely correct since other beams are also affected by the
load, receiving a share of it. This can led to adopt
oversized and expensive solutions, jeopardizing the
structural design.

As is widely known, the use of timber-concrete systems
dates back to the early decades of the XX century, in
consequence of the steel shortage in the period between
WorldWars. This ledto an increasingused of this solution
in construction of new buildings and bridges, as well as
the researches associated. Thereafter, researches aimingat
increasing the knowledge in these structures behaviour
and attempting to develop new solutions took place [1-5].
The growing use of these structures motivated the
investigation on them covering themes as geometry,
loading type, connections, secondorder effects, long-term
behaviour, among others [6-9]. Nevertheless, most of
those studies were focused on analysing the behaviour of
timber-concrete composite structures according to the
longitudinal direction of its timber elements. In general,
the studied elements were composed by a “T” beam to
simulate a part of the structure that is repeated. When a
greater width (multiple “T”) is tested the loading is
applied to the whole width. As far as standards are
concerned, the model proposedby Eurocode 5 – EC5 [10]
is also only valid in these situations.
Studies about the behaviour of timber-concrete composite
structures in the width direction of the timber beams
(transverse direction) are scarce, particularly when
associated with point loads or line loads acting parallel to
the longitudinal direction of the beam.

The essential aim of this research is to evaluate the way
the distribution of internal forces and stresses takes place
in the transverse direction of timber-concrete composite
floors when subjected to a point or a line load.
Particularly, the manner in which the load is transmitted
to each supporting element across the main beams of the
slab, for various elements geometries and material
properties, as well as different load types and locations.
To attain that experimental tests at real-scale and
theoretical models were used.
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2 GOALS AND APPROACH
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2.1 SPECIMENS
Based on a preliminary numerical analysis, and aiming at
characterizing as closely as possible the behaviour of the
target floors to the phenomenon in study when they are
subjected to point and linear loads, some parameters were
identified as affecting significantly this behaviour and
therefore worth deepen. Further information can be found
in [11]. Thus, the concrete strength, the thickness of the
concrete layer (tc) and the beam span (L) were identified
and used to define five real-scale specimens. The
specimens were loaded at a time with point loads at midand quarter-span, and to line loads over each beam
longitudinal axis and the effects of the various parameters
analysed.
2.2 NUMERICAL MODEL VALIDATION
Aiming at obtaining a numerical model capable to predict
the behaviour of the composite elements in study, three
numerical models, based on different finite elements (FE)
to model beams and slab were created:
 a Grid Model, using frame FE;
 a Frame+Shell Model, using frame FE for the
beams and shell FE for the concrete layer;
 a Solid Model, using solid FE.
Their results were compared against each other and also
with those obtained from some preliminary experimental
tests, subjected to the load types in study. The results
obtained using the analytical method developed by
Guyon-Massonnet helpedto complement the validation of
the numerical model and the consequent choice for the
most adequate one to perform the parametric study.
Among the studied models, the Frame+Shell Model
showed to be the most adequate for this specific
investigation: presenting the closest results to the
experimental results; being simpler to apply and implying
less time consumption, when compared to the Solid
Model; simulating the overall behaviour more efficiently
(especially in the cases where the interaction between the
timber beams and the concrete slab is important) when
compared to the Grid Model. Detailed information can be
found in [12].

3 EXPERIMENTAL TESTS
Five composite floor specimens with different
characteristics were built and tested. All of them were
designed according to EC5 [10] for the loads required by
Eurocode 1 – EC1 [13], for residential buildings floors.
One of these specimens was considered as the ase
specimen, assuming materials, plan and cross-sectional
dimensions commonlyused in timber-concrete composite
floors, Figure 1. This was also the first specimen to be
tested, and therefore labelled as specimen S1. The
remaining four specimens were obtained changing a
parameter, relatively to the ase specimen. These
parameters were found through a previous numerical
parametric study aiming at finding those that most affect
the transverse distribution of load on this specimens.

Figure 1: ase specimen

–

point loa at

The parameters whose influence was studied were:
 the concrete type, normal weight (specimen S1)
s light-weight (LWAC) (specimen S2);
 the thickness of the concrete layer (specimen
S3); and
 the span length, a shorter span specimen
L = 2.00 m (specimen S4) and a longer span
L = 6.00 m (specimen S5), compared with the
ase specimen.
The ase specimen had 3 (width) × 4 (span) m2 and was
composed by five 0.12 × 0.24 m2 glulam beams (GL24h,
according to [14]), 0.60 m apart from each other,
connected to a 0.05 m thick concrete layer (C25/30,
according to [15]). The connection between timber and
concrete elements was assuredby 0.140 m long reinforced
concrete steel rods (A500NR) with 8 mm diameter placed
along the beams 0.10 m apart (0.10 m inserted in the
wooden beam and the remaining 0.04 m left off to be
embedded in the concrete slab, which was to be poured
later, Figure 2. The same connection system was to be
used in the five specimens. Nevertheless, for the specimen
S3, whose concrete layer was thinner than the remaining
ones (0.03 m) the connection system had to be replaced
by a different one, a connection system providing the
same stiffness but capable to work in the available
thickness. Thus, a set of two SFS VB 48-7.5×100 screws,
inclined at 45 degrees and with an “X” configuration,
spaced 0.20 m along the beams span was chosen, Figure
2. The screws were placed so that the same cover as in the
remaining floor specimens (0.01 m) had to be guaranteed
together with a symmetrical arrangement relatively to
each beam mid-span.
In the same manner, it was intended that the beams
cross-sections were the same for the five specimens,
despite it may represent an oversized cross-section,
namely for the shortest spanspecimen(S4). Nevertheless,
by design issues, the longest span specimen (S5) required
a different cross-section 0.12 × 0.32 m2 . The spacing
between beams was kept unchanged in all specimens.
The five specimens, whose characteristics are listed in
Table 1, were cast in the same place where they were
assembled and tested, and despite the specimen S2 for
which a LWAC with cork aggregates (LC16/18,
according to [15]) was prepared at that same place, for all
the remainingspecimens a ready-mixconcrete supply was
used. In order to reduce tension effects, the concrete layer

WCTE 2016 e-book | 4199

was provided with a steel wire mesh (A500NR) with a
diameter wire of 3.8 mm and 0.10 m of mesh spacing.

Detailed information about the material properties can be
found in [11].

Table 1: Experimental specimens’ characteristics

Specimen
designation
S1
S2
S3
S4
S5

Span
(m)

Geometrical characteristics
Beam
Beam
Timber
section spacing
interlayer
(m)
(m2)
(m)
No 0.12 × 0.24
0.60

Width Concrete
(m) thickness
(m)
3.00
0.05

4.00

0.03
0.05

2.00
6.00

Yes (0.02)
No

0.12 × 0.32
0.12 × 0.24

Concrete
layer

Material characteristics
Timber
Connection
beams

C25/30
LC16/18
C25/30

GL24h

Dowel type
Screws
Dowel type

a
Figure 4: pecimen

Figure 2: Connection etails a specimens
specimen

,

,

an

The experimental specimens were subjected to
concentrated loads at different positions at a time. The
point loads were applied at mid-span ( ), Figure 3, and
quarter-span ( ), Figure 1, of the beams and the line loads
were applied aligned with the longitudinal directionof the
beams (lin), Figure 4. This led to ten point load tests and
five line load tests performed by specimen.

Figure 3: pecimen

–

point loa at

– lin loa at

The load level to apply in each test was defined as a
percentage of the ultimate load in each case, numerically
obtained by stress analysis. The values were set aiming at
applying loads near the service loads in order to avoid the
risk of inducing some kind of damage or permanent
deformations. Further information can be found in [12,
16].
In each test, quantities as the load received by each beam
at their supports were measured and analysed, together
with the vertical displacements at mid- and quarter-span,
the slip displacement between the timber beam and the
concrete layer at both ends of each beam, the vertical
uplift at the slab corners, and the strains at mid-span of
each timber beam.

4 NUMERICAL MODELLING
A numerical model capable to simulate the behaviour of
the composite slabs under consideration is, without a
doubt, a tool of great importance when trying to
understand the distribution of load in the transverse
direction. Therefore, parallel to the experimental tests, a
numerical model was developed and validated.
The Frame+Shell Model, Figure 5, whose capacities were
proved [12], was used to perform a preliminary
parametric study in order to establish the experimental
programme. Thus, modelling tasks covering a great
number of parameters whose effect that could affect the
target slabs behaviour. Parameters as types of geometries
(in plan and sectional), material properties, support
conditions, and loads configurations that are likely to be
found in real structures were analysed. From this
preliminarystudy, parameters as the concrete thicknessor
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strength and the slab span were used to establish the
experimental set.
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9

13
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After that, the numerical model was used to evaluate the
load level to which each specimenwould be subjected and
consequently the behaviour to expect. For each modelling
task the vertical displacements and bending moments at
mid-span of the beams, and also on the beam support
reactions were analysed, specifically the manner they
distribute across the beams.

RESULT ANALYSIS
As mentioned before, several quantities were recorded
during the experimental tests (displacements, loads and
strains). Some of those quantities proved to be of minor
importance when concerning the phenomena involved in
the load distribution study. Thus, the slip displacement
between the timber beams and the concrete layer at the
end of the beams, as well as the vertical uplift at the slab
corners showed to be very low, with the maximum values
of the order of tenths of millimetre. In the other hand, the
remaining quantities experimentally measured showed to
be of great importance, as well as those numerically
obtained. Here will be analysed those of the two
approaches, experimental and numerical, that can be
directly analysed: vertical displacements and support
reactions. Detailed information about the remaining
quantities can be found in [16].
In general, as expected, it was found that for the quantities
analysed, vertical displacements at mid- and quarter-span
and support reactions, the highest share was associated
with the loaded beam.
Concerning the vertical displacements, Figures 6 to 10
show the experimental results when the specimens were
loaded at mid-span of the central beam (B3), together with
those obtained with the Frame+Shell Model.
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Despite a common behaviour with the highest
displacement occurring underneath the loaded beam and
decreasing from this beam in both directions, a slightly
different trend was found when considering the different
load types. Thus, for the symmetric load cases (load
applied at mid-span or line loads), the displacement at
mid-span showed to be higher than the measured at
quarter-span. As for the cases when the load was applied
at quarter-span, mid- and quarter-span displacements of
all the beams were very close to each other but at the
loaded beam the second tends to be higher than the first.
By comparing the experimental results withthe numerical
predictions very similar behaviours can be found, for the
five specimens. The specimen with the thinnest concrete
layer (S3) is the one for which the predictions are the
closest to the experimental results, while the one with the
LWAC layer is the one for which they are farthest.
Considering the various load cases and the several
specimens, significant “spreading” between the five
beams can be found, varying between:
• 41 % and 72 %, for the specimen S1;
• 43 % and 73 %, for the specimen S2;
• 22 % and 56 %, for the specimen S3;
• 20 % and 51 %, for the specimen S4; and

• 46 % and 75 %, for the specimen S5.
The maximum spreading is always associated with the
vertical displacement measured at mid-span when the
central beam (B3) was loaded at quarter-span. This was
consequence of the increased capability of the central
beam to spread the load to the adjacent ones. Together
with the fact that, when the load was applied at
quarter-span, the vertical displacement was higher than
the one measured at mid-span. Concerning the minimum
spreading, it is always associated with the loading at
quarter-span and at the extremity beams (either B1 or B5).
By analysing the vertical displacement at mid- and
quarter-span under the studied load cases allows inferring
about the effect that each of the parameters studied
experimentally(concrete strength and thickness and span)
have in the “displacement distribution”. Thus, the use of
a LWAC layer instead of a normal weight concrete and
the use of a thinner concrete layer led to a limited
“displacement distribution”. This means that the
displacement occurs essentially at the loaded beam and in
its vicinity. Also a smaller span led to a minor
“displacement distribution”, while the opposite occurs
when a bigger span was used.
Concerning the analysis of the support reactions,
Figures 11 to 13 show the percentage of applied load
received by the loaded beam for the various load cases,
point and line loads. As well as, it is found for the vertical
displacements, the highest share of applied load is
received by the loaded beam and it decreases as the beam
is farther away from it. However, the value of this
percentage varies in the extent that the capacity to spread
the applied load is considered.
Despite the results of the five specimens seem to present
a similar trend, there are some of them that highlight by
deviating in some way. Namely, regardless the load type
or the specimen, the end beams (B1 and B5) tend to
receive a greatest percentage when loaded while the
central beam (B3) tend to receive the lowest, compared
with the percentages received by the remaining beams.
Nevertheless, it is clear that, the shorter the beams span,
the lower its capacity to spread the load, concentrating on
it and on its vicinity. The opposite happen when the
longest span specimen is concerned, presenting the
highest capacity of load spreading. Moreover, it was
found that, for a composite slab with a medium span
(4.00 m) only 37 % of the applied load is received by the
loaded beam.
This, clearly shows the effect that the span has on the
target slabs behaviour, concerning the distribution of load
in the transverse direction, confirming once again the
need of understand the associated behaviour and at the
same time to take advantage of it in the TCC floors design.
When comparing the experimental results in terms of
support reactions distribution with those numerically
obtained, Figures 14 to 16, they showed to be quite close
to each other. Thus, together with the findings for the
vertical displacements, supporting the adequacy of the
developed model to predict the load distribution of the
timber-concrete floors.
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CONCLUSIONS
This researchwas focusedinthe transverse distributionof
load when timber-concrete floors were subjected to point
and line loads. To achieve that two parallel approaches
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were used: an experimental program involving the test of
five composite floor specimens built at real scale and the
development of a FE numerical model capable of
describing the behaviour of the target slabs.
A specimen with average plan dimensions (3 × 4 m 2),
designed according to EC5 [10], for the loads required by
EC1 [13] for residential building floors requirements, was
considered the ase specimen (S1). The remaining
specimens were obtained from the ase specimen by
introducing some changes, namely: using a LWAC
concrete (S2) instead of a normal weight one, having a
thinner concrete layer (S3), a shorter span length (S4) or
a longer span length (S5). The specimen’s characteristics,
material and geometrical, were established in order to
evaluate the effects that some parameters might have on
the load distribution. Thus, by trying to change, whenever
possible, only one of these parameters (concrete
aggregate/strength, concrete layer thickness, and span) at
a time and using the behaviour of the ase specimen as
base of comparison, it was possible to experimentally
evaluate those effects for the general behaviour of this
type of slabs.
Several experimental quantities were recorded but not all
showed to have the same importance for the phenomena
in study. The ones showing the greatest importance were
detailed analysed, namely vertical displacements at midand quarter-span, support reactions and strains at the
beams mid-span.
Also a numerical model capable of characterise the
behaviour of the compositefloors instudywhen subjected
to concentrated point and line loading cases was
developed from the ground up. It was used to predict the
loads to be applied during the tests and also to perform a
comparative analysis with the experimental results. The
quantities numerically analysed consisted of vertical
displacements at mid- and quarter-span, support reactions
and longitudinal bending moment at the beams mid-span.
The distribution across the beams of the various
quantities, experimentally measured and numerically
obtained, were computedfor each specimen and analysed.
In general, the highest percentage was found to be
associated with the loaded beam. In terms of vertical
displacement distributions, it was possible to observe that
the deflection tended to be higher underneath the loaded
beam, decreasing towards the slab edge. For the
symmetrical loading cases (point load at mid-span and
line load) displacement at mid-span showed to be higher
than the measured at quarter-span. Concerning the effect
of the parameters studied, the use of the smallest span led
to the lowest variation of displacements while the greatest
span ledto the highest variation, comparativelyto the base
specimen. The use of a LWAC layer, as well as a thinner
concrete layer led to intermediate, and somehow close,
distributions.
As for the results found for the support reactions
distribution, a similar trend as that for the displacements
was observed. The biggest percentage of support reaction
is received by the loaded beam and it decreases as the
beam is farther away from the loaded beam.
Among the five specimens a very similar trendwas found,
consideringthe various load case. However, this is not the
case when the capacity to spread the applied load to the

several beams is considered. The shortest specimen
clearly shows a limited capacity to spread the load apart
from the loaded beam, concentrating on it and on its
vicinity. While the longest specimen presentedthe highest
percentage of load spreading, followed by the ase
specimen, with an average span and “usual” material
properties. Despite presenting similar spreading
behaviours, the specimen with LWAC layer tends to
concentrate the load over the loaded beam when
compared with the specimen with the thinnest concrete
layer.
This research clearly shows the existence of transverse
load distribution which is the more significant the longer
the slab span.
Thus, concerning the point loading at a beam mid-span,
Figure 11, a minimum of 6% of the load applied over an
outer beam is distributed for the remaining beams, for the
smaller span slab (S4).
This percentage raises to 19% when the slab has a longer
span (S1 and S5). These percentages increase
significantlyas the loaded beam is locatedin a more inner
position, with at least 21% of the load being supported by
the non-loadedbeams, for the shortest span specimen(S4,
L = 2.00 m) and a maximum distribution of 66% found
for the longest span specimen (S5, L = 6.00 m).
Moreover, the numerical results showed to be quite close
to the experimental ones, supporting the adequacy of the
developed model to predict the load distribution of the
timber-concrete floors.

ACKNOWLEDMENTS

This research was also sponsored by the Portuguese
Foundation for Science and Technology FCT, the
Operational Program for Science and Innovation and the
COMPETE – Operational Program for Competitiveness
Factors both co-financed by the European Union Fund
FEDER through the research projects FCOMP-01-0124FEDER-PTDC/ECM/099833/2008,
Pest
C/EME/UI0285/2013, UID/ECI/04029/2013 and
POCI-01-0145-FEDER-007633”

REFERENCES

[1] Dias, A.M.P.G.: Mechanical behaviour of timberconcrete joints. Technische Universiteit Delft Delft,
2005.
[2] Timmermann, K. and U.A. Meierhofer: Holz/BetonVerbundkonstruktionen. Untersuchunger und
Entwicklungen zum mechanischen Verbund von
Holz und Beton. EMPA, Department Holz Swiss,
1993.
[3] Mettern, C. Structural timber-concrete composites—
Advantages of a little known innovation he
tructural ngineer, 81(4): 17-19, 2003.
[4] Gutkowski, R., J. Balogh, and L.G. To. Finiteelement modeling of short-term field response of
composite wood-concrete floors/decks ournal o
tructural ngineering C , 136(6): 707-714,
2010.
[5] Natterer, J. and M. Hoeft: Zum Tragverhalten von
Holz-Beton Verbundkonstruktionen. EPFL/IBOIS
Lausanne, 1987.

WCTE 2016 e-book | 4204

[6] Girhammar, U.A. and V.K.A. Gopu: Analysis of PΔ effect in composite concrete/timber beams
columns In: rocee ings o the nstitute o Ci il
ngineers, part , pages 39-54, 1991.
[7] Fragiacomo, M., C. Amadio, and L. Macorini.
Short- and Long-Term Performance of the
“Tecnaria” Stud Connector for Timber-Concrete
Composite Beams aterials an tructures, 40(10):
1013-1026, 2007.
[8] Monteiro, S.R.S., A.M.P.G. Dias, and J.H.J.O.
Negrão. Assessment of Timber–Concrete
Connections Made with Glued Notches: Test Set-Up
and Numerical Modeling perimental echni ues,
37(2): 50-65, 2013.
[9] Etournaud, P.J.-F.: Load tests of composite woodconcrete decking under point loads. Colorado State
University Fort Collins, Colorado, 1998.
[10]EN1995: Eurocode 5: Design of timber structures.
CEN Brussels, 2004.
[11]Monteiro, S.R.S. and A.M.P.G.L. Dias, S.M.R.
Transverse distribution of internal forces in timber–
concrete floors under external point and line loads
Construction an uil ing aterials, 2015.
[12]Monteiro, S.R.S., A.M.P.G. Dias, and S.M.R. Lopes.
Bi-dimensional numerical modeling of timber–
concrete slab-type structures aterials an
tructures, 48(10): 3391-3406, 2015.
[13]EN1991: Eurocode 1: Actions on structures. CEN
Brussels, 2001.
[14]NP-EN1194: Estruturas de madeira. Madeira
lamelada-colada. IPQ Portugal, 2002.
[15]EN1992: Eurocode 2: Design of concrete structures.
CEN Brussels, 2004.
[16]Monteiro, S.R.S.: Load Distribution on TimberConcrete Composite Floors. University of Coimbra
Coimbra, 2015.

WCTE 2016 e-book | 4205

DESIGN METHOD FOR CONTROLLING VIBRATIONS OF WOODCONCRETE COMPOSITE FLOORS SYSTEMS
Lin Hu1, S. Cuerrier-Audair2, Y. H. Chui3, Redouane Ramzi4, Sylvain Gagnon5, M.
Mohammad6 , Chun Ni7, and Marjan Popovski8
ABSTRACT: Wood-concrete composite slab floors provide a promising solution for achieving long spans and shallow
wood-based floor systems for large and tall wood buildings. In comparison with conventional wood floor systems, such
long span and heavy floors have a lower fundamental natural frequency, which challenges the floor vibration controlled
design. A laboratory study, including subjective evaluation and measurement of the natural frequencies and one-kN
static deflections, was conducted on wood-concrete composite floors. Method of calculation of the composite bending
stiffness of the wood-concrete composite floor is proposed. The design criterion for human comfort was derived from
the subjective evaluation results using the calculated fundamental natural frequency and 1 kN static deflection of one
meter wide strip of the composite floor. The equation to directly determine the vibration controlled spans from the
stiffness and mass was derived. Limited verification was performed. Further verification is needed when more field
wood-concrete composite floors become available.

KEYWORDS: Wood, Concrete, Shear connector, Composite floor, Vibration, Subjective rating, Design criterion

1 INTRODUCTION 123
Designers of large and tall wood buildings prefer long
span floor systems which are most likely governed by
vibration performance and deflection. Use of
conventional floor systems will result in deep floor joists
or thick cross-laminated timber (CLT), which is not
preferable for mid-rise and tall buildings. Moreover, to
meet the sound insulation and fire performance
requirements for multi-family buildings, heavy concrete
topping and dropped gypsum board ceiling are usually
used, making the floors even thicker. Wood-concrete
composite slab floor systems provide a promising
alternative for achieving long spans and shallow woodbased floor systems in large and tall wood buildings.
However, in comparison with conventional wood floor
systems, such wood-concrete composite floors are
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heavier, and have lower fundamental natural frequencies,
which challenges the floor vibration controlled design.
There is little known about the vibration performance of
long span wood-concrete composite floors, and the
design method to control the vibration. To bridge the gap
in the knowledge of wood-concrete composite floor
vibration performance and develop an appropriate design
method to control the vibration of wood-concrete
composite floors induced by human normal walking
actions, this study was performed at FPInnovations.
This paper describes the results from a study conducted
on two wood-concrete composite floors with various
configurations to examine their vibration performance,
the development of the design method that consists of a
design criterion and equations for the design parameters,
and the limited verification of the design method.

2 GENERAL CONCEPT OF WOODCONCRETE COMPOSITE SLAB
FLOORS
Wood-concrete composite floor system was initially
developed in Europe, which consists of a base layer of
wood, a face layer of reinforced concrete, and shear
connectors to bond the two layers to form the composite
section. Furthermore, in this type of floor system, the
radiant heating system is sometime utilized and typically
embedded in the concrete layer. Therefore, a thermal
insulation layer is usually installed between the wood
and concrete layers. Figure 1 illustrates a typical crosssection of such type of floor system in which CLT is
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used as the base layer (other mass timber panels can also
be used, such as Glued Laminated timber (GLT), Nail
Laminated Timber (NLT), Laminated Veneer Lumber
(LVL), Parallel Strand Lumber (PSL), Laminate Strand
Lumber (LSL), etc.). Compared to lightweight wood
floors which have fundamental natural frequencies well
above 8-9 Hz, the typical fundamental natural frequency
of an acceptable wood-concrete composite floor is
around 8-9 Hz, or lower depending on the floor’s spans
and the thickness of the concrete and the wood.

Figure 1: Cross-section of a CLT-concrete composite floor

3 LITERATURE REVIEW
Current design methods for controlling walking vibration
of wood floors have been developed for lightweight floor
systems and CLT floors mainly (with the exception of
the method developed by Hamm et al [1] which covers a
broad range of wood-based floors including woodconcrete composite floors). The weakness associated
with Hamm et al method is that a constant frequency,
deflection or acceleration limit was used to control floor
vibration. As described in ISO 2631 [2], human et al
perception to vibration is a function of frequency.
Hamm et al method has less tolerance to lower
frequency than to higher frequency vibration. It was
found that constant vibration amplitude, or frequency
limit usually results in a conservative design for shortspan floors, and a liberal design for long-span floors.

4 OBJECTIVE
This study focused on developing vibration controlled
design methodology consisting of equations to calculate
the design parameters, design values of properties of the
shear connection between wood and concrete, and a
design criterion for controlling vibration in woodconcrete composite slab floors induced by normal
walking activities.

5 APPROACHES
The following approaches were used to develop the
vibration-controlled design method:
1) Adopt ISO 2631 [2] general criterion for human
comfort limits for building vibration with a modification
based on an extensive survey of wood-based floor
vibration performance performed in Canada by
FPInnovations.
2) Adopt Möhler’s equation [3] to calculate the
composite stiffness (EI) of the wood-concrete composite
floors.
3) Propose equations to calculate the criterion
parameters such as frequency, point load deflection.
4) Conduct connection tests to determine the load-slip
modulus of the shear connections between the wood and
concrete sections of the floors, and propose design
values of load-slip modulus for various connections.
5) Conduct tests and subjective evaluation of two
laboratory wood-concrete composite floor systems with
various configurations and spans.
6) Develop the criterion using the calculated parameters
combined with the subjective evaluation results.
7) Validate the criterion with field testing of woodconcrete composite floor and the laboratory test data.
The sections below describe the approach in details.
5.1 ADOPT ISO 2631 GENERAL CRITERION
FOR HUMAN COMFORT LIMIT OF
VERTICAL VIBRATION
ISO [2] established a general human acceptability
criterion setting the limits on vibration acceleration as a
function of frequency for human comfort (Figure 2). The
application of the ISO acceptability criterion for the
development of a design method to control walking
vibration requires a calculation methodology. The
calculation methodology should be available to reliably
predict floor acceleration response to walking impulses
that are random in space and time. Experience has shown
that it is extremely difficult to develop a reliable designuseable calculation method to predict acceleration
response of wood floor systems caused by an impulse. In
addition, the prediction of an acceleration response to an
impulse requires knowledge of the damping properties of
the floor. Currently there is no universally acceptable
method of quantifying damping and, as a result, reported
damping values varied widely even for similar types of
floor systems. Damping is not simple to determine, and
is a parameter measured with the greatest degree of
uncertainty [4].
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These criteria have a similar form that can be generally
𝑓
expressed as 𝑥1 ≥ 𝑦, where:
𝑑1𝑘𝑁

“d1kN” can be replaced by “v”, “a”, “RMS-a”, etc.
x, y are constants to be determined
These performance criteria worked equally well in terms
of separating bad floors from the good ones in more than
100 field floors. They were also verified using a new
database. For more information, please refer to
FPInnovations report [7]. It was interesting to find that
the general form of FPInnovations criteria had similar
form as the ISO criterion.

Figure 2: ISO acceleration limits for human comfort to
vertical vibration [2]

In the 1980’s FPInnovations (formerly Forintek Canada
Corp), [5] developed an alternative approach to using
ISO’s absolute acceptability criterion for wood floor
vibration control. FPInnovations’ approach was to
conduct consumer surveys of floor vibrations and to
correlate the occupants’ ratings of the floor vibration
performance with the measured floor vibration indicator,
e.g. the 1kN static deflection through discriminant
analysis. In the study, only single-family lumber joisted
floors were evaluated. This approach resulted in the
development of the 1kN static deflection-based design
method to control walking vibration of lumber joisted
floors. The design method was implemented in the 1990
edition of NBCC [6].
FPInnovations’ approach has been adopted for the
development of the human acceptability criterion for
engineered wood joisted floors since 1994. A Canadawide occupant survey and testing on more than 100
engineered wood-joisted floors, including floors with
toppings, was conducted in the 1990s. The database
included the occupant ratings, measured floor vibration
indicators including fundamental natural frequency, one
(1) kN static deflection, and the normalized to one (1) Ns impulse peak velocity, peak acceleration and rootmean-square-(RMS)-acceleration, as well as the
construction details.
Several performance criteria were derived and studied
using:
1. The measured fundamental natural frequency
(f1) and 1 kN static deflection (d1kN);
2. The measured fundamental natural frequency
(f1) and peak-velocity of 1 N-s impulse (v);
3. The measured fundamental natural frequency
(f1) and peak-acceleration of 1 N-s impulse (a);
4. The measured fundamental natural frequency
(f1) and RMS-acceleration of 1 N-s impulse
(RMS-a), etc.

It should be noted that the x-axis of the ISO absolute
acceptability criterion is expressed in a scale of 1/3
octave centre frequency band. Converting the ISO
acceptability criterion from the 1/3 octave centre
frequency band into a linear frequency scale, the line of
the ISO criterion in the 1/3 octave band became a curve
in the linear scale and the ISO criterion in the linear
scale can be described by Equation (1):
𝑓1
≥ 𝐶𝑜𝑛𝑠𝑡𝑎𝑛𝑡
(𝑅𝑀𝑆 − 𝐴)0.34

(1)

One of the FPInnovations’ acceptability criteria using
𝑓1
measured “f1” and “d1kN” was expressed with 0.39
≥
𝑑1𝑘𝑁

15.3, which is very similar to the form of ISO’s
acceptability criterion (Equation. (1)). This implies that
the general form of the human acceptability to wood
𝑓
floor vibration can be expressed as 𝑥1 ≥ 𝑦 where
𝑑1𝑘𝑁

“d1kN” can be replaced by one of the floor vibration
indicators other than the static deflection, such as
velocity, acceleration, etc.
Based on the above finding, it was proposed that the
design criterion of human acceptance to walking
vibration of any wood floors including wood-concrete
composite floors can take the general form of Equation
(2) using fundamental natural frequency, f1 and 1 kN
static deflection, d1kN as the design parameters. Reason
for proposing to use f1 and d1kN as the criterion
parameters is that they can be reliably calculated using
simple equations.

f1
d

x
1kN

y

(2)

where:
f1 = fundamental natural frequency of the floor (Hz). It
was proposed to calculate it using Equation (5);
d1 kN = deflection of a floor under 1 kN static load (mm).
It was proposed to calculate it using Equation (6);
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x and y are constants which can be determined using
floor test and subjective evaluation data.
5.2 ADOPT MÖHLER’S EQUATION TO
CALCULATE COMPOSITE STIFFNESS (EI)
OF WOOD-CONCRETE COMPOSITE
CROSS-SECTION
The “Gamma Method” developed by Möhler [3] and
used in Eurocode was adopted to calculate the EI of
wood-concrete composite section, as given in Equation
(3) below.
(EI) = (𝐸Ic + 𝜸𝑐 𝑬Ac a2𝑐 ) + (EIw + 𝑬Aw a2w )

(3)

where:
EIc and EIw = bending stiffness of concrete and wood,
respectively (N-m2);
EAc and EAw = axial stiffness of concrete and wood,
respectively (N);
ac and aw = distance between centroid of concrete
section or wood section to the neutral axis of the
composite section, respectively (m); and
1

𝛾𝑐 =

𝜋2 𝐸𝐴𝑐
1+ 2
𝑘
𝑙

where
𝑘 = load-slip modulus per unit length in span direction
(N/m/m);
l = floor span (m).
Applying

𝛾 on wood, Equation (3) becomes

(EI) = (𝐸Ic + 𝑬Ac a2𝑐 ) + (EIw + 𝜸𝑤 𝑬Aw a2w )

𝛾𝑤 =

(4)

1

𝜋2 𝐸𝐴𝑤
1+ 2
𝑘
𝑙

d1kN

1000 Pl 3

48EI

(6)

where:
P = point load of 1000 (N).
It should be noted that the f1 and d1kN calculated from
equations 5 and 6 using the simply supported of onemeter wide floor strip beam model are not the actual
floor frequency and deflection. They are the
approximations of the floor frequency and deflection. It
should be all right because the design criterion will be
derived using the subjective ratings of the floors along
with the calculated frequency and deflection, the
imperfection in the calculation will be compensated in
the design criterion, which will be proved by the
validation of the design criterion using the laboratory
and field floor data in Section 6.3.
Besides, the frequency and deflection should be viewed
as two auxiliary design parameters containing the
information of floor stiffness and mass. Researchers
found that floor stiffness and mass are the key floor
fundamental properties (signatures) to control wood
floor vibration [8]. Therefore frequency and deflection
bridges the floor vibration performance with the floor
basic properties. Using frequency and deflection as the
auxiliary parameter, so that the apparent design criterion
first can be derived, then the apparent design criterion
will be merged with the calculation equations to finally
obtain the vibration controlled span limits determined
using the floor composite EI and mass. Section 5.6
describes the derivation.
5.4 SHEAR CONNNECTION TESTS
Currently there is no standard method to evaluate the
properties of a wood-concrete shear connector, but
several authors [9-10] have already conducted shear tests
in several configurations. The configurations can be
symmetric or asymmetric as shown in Figure 3.

The composite EI determined using Equation 3 equals to
that determined using Equation 4, so Equations (3) and
(4) are interchangeable.
5.3 EQUATIONS TO CALCULATE THE
CRITERION PARAMETERS
Simple beam equations were adopted to calculate the
two design parameters in Equation (2), e.g. f1 and d1kN
for the simplicity without losing the reliability of the
design method as follows:

f1 =

2l

2

EI
mL

(5)

where:
EI = composite bending stiffness in the major strength
direction of 1 m wide strip of wood-concrete composite
slab (N-m2), calculated using Equation (3);
mL = mass per unit length of 1 m wide strip of woodconcrete composite slab (kg/m).

(a)

(b)

Figure 3: (a) Symmetric and (b) asymmetric configurations
for wood-concrete shear connector test
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In this study, a symmetric configuration has been
adopted. With this configuration, the concrete can be on
the exterior (i.e., side) as shown in Figure 3(a) or interior
as shown in Figure 4. When the concrete is on the
exterior side, the wood element has two shear planes,
which means the wood element needs to be sufficiently
thick to avoid any possible interference between the
connectors on either side. For this reason, a
configuration with the concrete inside was selected.
Two different floors with different wood elements and
shear connector are analysed in this study. The first is a
NLT-concrete floor using a metal truss plate as a shear
connector and the second is a CLT-concrete floor using
self-tapping screws as the shear connectors.

(a)

(b)
Figure 5: (a) Concrete-wood-concrete and (b) wood-concretewood configuration. All dimensions are in mm.

Figure 4: Symmetric configuration for wood-concrete shear
test with wood in the exterior

Truss plates were 254 mm x 127 mm deep MT-20 by
Mitek Canada installed at 76 mm into the wood leaving
51 mm projection into the concrete. The wood elements
were No.1/2 grade 38 mm x 184 mm spruce-pine-fir
(SPF) lumber. The specified modulus of elasticity was
9500 MPa. The average 28-day strength of the concrete
was 21.7 MPa from three cylinders. Figure 5(a) shows
the dimensions of this configuration.
ASSY 3.0 SK self-tapping screws produced by
SchraubenWerk Gaisbach (SWG) in Germany were 8.0
mm in diameter 200 mm in length and 80 mm of thread
length installed at 45° with 100 mm penetration in the
wood and the concrete. The wood elements were 5-ply
CLT, 175 mm thick, E1 stress grade, conforming to
ANSI/PRG 320 [11]. The average 28-day strength of the
concrete was 25.6 MPa from three cylinders. Figure 5(b)
shows the dimensions of this configuration.

Plastics film was added between the wood and the
concrete for the two configurations to reduce friction
between the two materials. BS 26891 (BSI 1991)
standard was used as the loading protocol except that the
preload cycle was omitted [12]. The load-slip modulus
(𝑘𝑖 ) is taken as the slope between 10% and 40% of the
maximum load of the load-slip curve. Two laser
displacement transducers were installed in each
specimen. The slip taken for the analysis is the average
slip measured from the two transducers. Figure 6 shows
one specimen for the two configurations ready to be
tested.
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but for the 5 m wide laboratory floor, the edge supports
are expected to have significant effects on the floor
performance. However, the 5 m wide laboratory floor
was a segment of the wide field floors. In such wide field
floors, due to the floor continuity across floor width
direction, the two edges of floor segment are supported
by its two adjacent segments and the supporting
conditions are between free and simple support.
However, such semi-simple support condition is not easy
to achieve in a laboratory environment. Therefore, in this
study, the vibration performance of the 5 m wide woodconcrete composite floor specimens with two edges free
and two ends simply supported (SFSF) and two edges
and two ends simply supported (SSSS) support
conditions were tested and subjectively evaluated. The
average ratings of the floor with SFSF and SSSS
conditions were used as the final rating of the floor.
The simple support condition of the floor edges was
achieved by supporting the two edges on posts spaced at
one meter o.c. along the span direction.
The study included subjective evaluation of the floor
vibration performance by 20 evaluators and
measurement of the floor natural frequencies and 1 kN
static deflections.
The subjective evaluation procedure included two steps:

Figure 6: Connector specimens ready to be tested

Table 1 provides the average load-slip modulus per
connector of the shear tests for the two configurations.
The load-slip modulus is given for a single truss plate
and for a pair oppositely included lag screws for
configurations shown in Figure 5(a) and 5(b),
respectively.
Table 1: Measured average load-slip modulus of the shear
connectors described above

Shear connector

Truss plate
A pair of self-tapping screws

Load-slip
modulus /per
connector
(kN/mm)
34.2
21.2

5.5 STUDY OF TWO LABORATORY BUILT
WOOD-CONCRETE COMPOSITE FLOORS
A laboratory study was performed on two laboratory
built wood-concrete composite floors. Due to limited
space, the floor width was only 5 m which was much
smaller than the width of a typical field wood-concrete
floors. The field wood-concrete floors are usually more
than 15 m wide with edge free in post and beam
construction. For such wide floors, the edge supports do
not significantly affect the floor vibration performance,

Step-1: the evaluator walked over the floor several times
in a normal manner to feel the floor movement and hear
any movement of furniture.
Step-2: the evaluator was asked to sit on a chair located
at the centre of the floor to feel the floor movement,
while another person was walking on the floor. This step
was performed at least twice where two participants with
different gaits were asked to walk on the floor.
At the end of the evaluation, the evaluator completed a
questionnaire immediately. The questionnaire considered
the following factors:
 Previous experience of the evaluator on
performance of floor
 Mechanical vibration of the floor by his/her
own sensing and caused by others’ walking
action
 Noise generated by the floor movement
 Visual effect caused by floor vibration
The floor natural frequencies and 1 kN static deflections
were measured according to ISO floor vibration test
methods [13].
The floor specimen-1 was built with a 184 mm thick
NLT wood deck and 76 mm thick reinforced concrete of
21.7 MPa 28 day strength and 2292 kg/m3 density. The
NLT was fabricated using nominal 2x8 (38 mm x184
mm), No 1/2 grade SPF lumber side by side connected
with nails. The shear connectors used for binding the
concrete to the NLT deck were 254 mm long and 127
mm deep MT-20 Truss plates manufactured by Mitek
Canada Inc. The truss plate penetrated 76 mm into the
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wood deck. The truss plates were spaced at 610 mm o.c.
along the floor span direction and at 114 mm o.c. along
the floor width. The floor was 5 m wide with variable
clean spans measured from face to face of the two
supporting walls starting from 9 m. The floor span was
progressively reduced to improve the vibration
performance from unacceptable, to marginal, and to
acceptable levels. The two ends of the floor were simply
supported on supporting walls made of 175 mm thick
CLT.
The floor spacimen-2 was built with a 5-ply 175 mm
CLT deck and a 125 mm thick reinforced concrete slab.
The shear connector used for bonding concrete to the
CLT was made of a pair of ASSY 3.0 self-tapping
screws of SchraubenWerk Gaisbach (SWG) in Germany
as shown in Figure 5b. The screw was 8.0 mm diameter
and 200 mm long with 80 mm thread. The two screws
were spaced at 15 mm o.c. and installed to the CLT at
45o with respect to the CLT surface. The connectors
were spaced at 300 mm o.c. along the span direction, and
200 mm o.c. in the width direction. The floor was 5 m
wide with varied clean spans starting from 8.65 m. The
floor span was progressively reduced to improve the
vibration performance from marginal and to acceptable
levels. The two ends of the floor were simply supported
on two supporting walls made of 0.175 m thick CLT.
5.6 DEVELOPMENT OF THE DESIGN
CRITERION FOR CONTROLLING
VIBRATION OF WOOD-CONCRETE
COMPOSITE FLOORS
The two floors with marginal ratings were used to derive
the design criterion. The calculated composite EI, 1 kN
static deflections and the fundamental natural
frequencies of the one meter strip of these two marginal
floors using Equations (3-5) are summarized in Table 2.
Table 2: Calculated composite EI, fundamental natural
frequencies and 1 kN static deflection of one-meter strip of the
two wood-concrete composite floors with marginal vibration
performance

Property and performance
Floor -1
Floor-2
Total thickness (mm)
260
300
Clean span (m)
8.40
8.65
Composite EI (kN-m2)
164001)
23000
f1 (Hz)
5.65
5.21
d1kN (mm)
0.75
0.59
Subjective rating
Marginal Marginal
Note:
1) The EI of the 1 m-wide NLT panel was
measured through point load static bending
tests. The measured EI then was used to
calculate the composite EI of NLT-concrete
composite section.

Substituting f1 and d1kN values (Table 2) into the
general form of the design criterion, Equation (2), and
solving the two equations simultaneously for the two
unknowns, e.g. “x” and “y” , the “x” and “y” were
obtained with the values of 0.34 and 6.23, respectively.
Therefore the design criterion for the wood-concrete
composite floors can be expressed with Equation (7).

f1
d

0.34
1kN

 6.23

(7)

where:
f1 = fundamental natural frequency of the one meter strip
of wood-concrete composite floor (Hz), calculated using
Equation (5);
d1kN = deflection of the one meter wide strip of woodconcrete composite floor under 1 kN static load (mm),
calculated using Equation (6).
Substituting calculation equations of f1 and d1kN,
equations 5 and 6 into equation 7, the final form of the
design method to control the vibration of wood-concrete
composite floors was obtained and expressed by the
vibration controlled span limits as below:
𝑙≤

(𝐸𝐼 )0.278
4.835𝑚𝐿0.166

(8)

where:
l = the vibration controlled span of a wood-concrete
composite floor (m). It should be the clean span
measured from face to face of the two supports.
5.7 VALIDATION OF THE DESIGN CRITERION
The proposed design criterion was verified using the
limited existing data of the laboratory floor study, and
one field wood-concrete composite floor.
The field wood-concrete composite floor was built with
89 mm laminated-strand-lumber (LSL) panels and 100
mm reinforced concrete with a radiant-heating system
embedded in the concrete, and a 25 mm thick thermal
insulation between the LSL deck and the concrete. HBV
shear connectors were used to bond the concrete to the
wood deck following the instruction of the producer
[14]. The floor had a 6.4 m clean span and a 19.2 m
width and was located in a wood-concrete hybrid
building. The ends of the floor were supported on
supporting beams that were in turn supported on posts.
The floor vibration performance was highly acceptable
to the occupants. The fundamental natural frequency
and the 1 kN static deflection of the field wood-concrete
composite floor were measured and are given in Table 3.
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as significantly affect the floor vibration performance as
the 5-meter wide laboratory floors do.

6 RESULTS AND DISCUSSIONS
6.1 VIBRATION BEHAVIOUR OF WOODCONCRETE COMPOSITE FLOORS
Table 3 below demonstrates the vibration behaviour
(performance) of wood-concrete composite floors. The
vibration behaviour was described with the fundamental
natural frequencies, the 1 kN static deflections, damping
ratios measured on, and the subjective of the two
laboratory wood-concrete composite floors with various
spans and two types of edge supports, and the field
wood-concrete composite floor.
Table 3: Vibration behaviour described with fundamental
natural frequencies,1 kN static deflection, damping rations
measured on, and subjective ratings of the laboratory built and
field wood-concrete composite floors

Floor
Clean
span (m)
Width (m)

F1
8.4

F1
8.4

F1
8.0

F2
8.65

F2
8.65

Field
6.4

5

5

5

5

5

19.2

F

S

S

F

S

F

f1 (Hz)

6.1

8.5

8.9

6.2

11.8

9.6

d1kN

0.14

0.12

0.1

0.09

0.02

0.03

1

1

1

1

2

2

UA

M

A

UA

A

A

Supports

Damping
(%)
Subjective
rating

Note:
“S” stands for four edges simply supported.
“F” stands for two ends simply supported and two edges free.
“M” stands for marginal vibration performance.
“A” stands for acceptable vibration performance.
“UA” stands for not acceptable vibration performance.

As observed, generally the tested wood-concrete
composite floors with marginal or better vibration
performance had damping ratios of 1-2% depending on
the floor details and the fundamental natural frequency
was above 8 Hz.
The results also showed that for the narrow laboratory
floors, the edge support significantly affected the floor
vibration performance as found by other researchers
[15]. The degree of the effect depended on the wood
floor deck details. The edge supports more significantly
improved the vibration performance of the CLT and
concrete composite floor than that of the NLT and
concrete composite floor. The NLT wood deck has much
less lateral stiffness in the direction perpendicular to the
major strength axis than that of the CLT deck. However
above observation cannot be generalized for the common
field floors because the common field floors usually
have much wider width than 5 meters, and without edge
support. For such wide floors, the edge support does not

6.2 PROPOSED DESIGN VALUES OF LOADSLIP MODULUS OF SHEAR CONNECTION
Table 4 provides proposed design values for the shear
connectors used in the two laboratory wood-concrete
composite floors and in the field LSL-concrete
composite floor. All the calculations for deriving the
design criterion in this paper adopted these values.
Table 4: Proposed design values for single shear connector
used in wood-composite floors for this study

Connector

HBV

Connection
shear stiffness
(kN/mm)

Connection
shear
stiffness
per unit of
connector
spacing
(kN/mm2)
0.825*

MT-20 10” by 5”
34.2
truss plate
A pair of self21.2
tapping screws
Note:
*the design value was selected from the recommended
values by the HBV producer [16] based on the
comparison of calculated EI of LSL and concrete
composite section using the HBV connectors and FPI’s
measured composite EI.
6.3 VERIFICATION OF THE PROPOSED
DESIGN CRITERION FOR WOODCONCRETE COMPOSITE FLOORS
Figure 7 illustrates the verification of the proposed
design criterion for wood-concrete composite floors
using the limited laboratory data and the field floor data.
The frequencies and 1 kN static deflections of these
floors were calculated using equations 5 and 6. These
floors were also subjectively rated by occupants or
evaluators.
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Figure 7: Verification of the proposed design criterion for
controlling vibration of wood-concrete composite floors

In Figure 7, the solid curve represented the proposed
design criterion, each symbol represented a woodconcrete composite floor. If the symbol was below the
curve, it means the floor was accepted by the criterion. If
the symbol was on the curve, it means that the floor was
marginal to the criterion. If the symbol was above the
curve, it means that the floor was not accepted by the
criterion. Meanwhile, the floors were also subjectively
evaluated by occupants or the evaluators. Their ratings
were described in the legends of these symbols. In
comparison of the subjective ratings, the proposed
criterion rated the floor vibration performance well
matched with the subjective ratings.

7 CONCLUSION
An approach to develop design criterion for timberconcrete composite slab floor systems was presented.
The design method including a tentative criterion and the
equations to calculate the criterion parameters was
proposed based on testing of two laboratory floor
specimens. The limits of vibration controlled spans for
wood-concrete composite floors were presented.
Limited data was used to verify the criterion.
Further verification of the design method expressed with
the limits for vibration controlled spans for woodconcrete composite floors is needed using a broad range
of field timber-concrete composite floors.
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INFLUENCE OF CONNECTION SYSTEMS ON SERVICEABILITY
RESPONSE OF CLT TIMBER FLOORING
Caitr ona U Ch l in, Karol Si ora2, Ann tt M. Hart

3

ABSTRACT: In this paper finite element analysis of a five layer cross-laminated timber (CLT) rectangular floor is
presented. The model was developed using 3D shell elements with linear elastic orthotropic material properties. Support
conditions analysed included fully fixed, semi-rigid and simply supported, and both one and two-way span conditions
were considered. For each case, the serviceability deflection was determined from a static small displacement analysis
and the first three natural frequencies bending and torsional mode shapes, within a 0-80 Hz range, from mode frequency
analysis. The analysis shows that the maximum displacement and frequency response are significantly impacted by the
support stiffness and the number of edges supported. These results will contribute to determining the optimum fixing
configuration with regard to serviceability limit design (SLD) for various CLT floor geometries.
KEYWORDS: Timber floors, mass-timber, cross-laminated timber, serviceability limit design, finite element analysis

1

INTRODUCTION

Mass-timber is the collective term for large solid timber
construction materials, which are suitable for mid- to
high-rise buildings. Mass-timber products include crosslaminated timber (CLT or X-lam), nail laminated timber
(NLT), and glued laminated timber (glulam). Due to
advances in mass-timber technology, wood is
increasingly seen by designers as a solution to
improving the environmental impact of the built
environment while still meeting the demands of modern
design along with safety and performance
considerations. Although glulam beams are now
commonly considered for selection in beam design,
CLT is emerging as the preferred structural floor and
wall element in multi-storey development, competing
with concrete and steel, as it incorporates flexibility, a
reduced dead weight in comparison with concrete and
relatively fast on-site construction time [1]. However,
the general benefit of timber’s low dead weight, is a
disadvantage when it comes to floor design. The
potential of uncomfortable static deflections and
vibrations in timber floors, particularly due to footfall,
continues to be a limiting factor in the selection of
timber generally for floors by designers.

1Caitríona
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2
Karol Sikora, National University of Ireland, Galway,
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The objective of this study is to investigate current
practise in relation to vibration design of a timber floor
and to evaluate its relevance to CLT floor design. The
type of connection system used in CLT construction can
affect the structural response. In this paper, the influence
of the connection configuration on the vibration
response of CLT floors is investigated using finite
element modelling.

2

VIBRATION DESIGN

2.1 VIBRATIONS, FRE UENCIES AND
MODES
Vibrations are mechanical oscillations that occur about
an equilibrium point. Their rate per unit time, is their
frequency. A fundamental frequency is the rate a system
will vibrate freely if set in motion by one input. All
objects have inherent fundamental frequencies, with
corresponding mode shapes. The fundamental
frequencies of a structural system depends on its
material properties, damping, and boundary conditions.
If any parameter of the system changes, its geometry,
density, or support configuration, for instance, so do the
fundamental frequencies and modes. An exciting force
applied at the same rate as a fundamental frequency will
cause resonance, which will amplify vibrations and
cause deflections greater than as a result of static
loading.
2.2 HUMAN RESPONSE TO BUILDING
VIBRATIONS
The human body has its own fundamental frequencies,
distinct for each body member and organ, but all
typically within the 0-80 Hz range. Exposure to
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vibrations in this range of frequencies, particularly
within the 4-8 Hz range, impacts on a person’s comfort,
perception, and health [2] [3]. Although tolerance to
vibration depends on proximity and awareness of the
source, and the person’s own activity level, studies have
shown that the longer the duration the greater the
discomfort [4-5].
Research has shown that the components of force due to
a person walking dominate at 0-6 Hz, and the force
intensity falls away almost linearly until 50 Hz,
dissipating rapidly after 50 Hz [4].
As the frequency of everyday footfall and the resonant
frequency range which is most uncomfortable coincide,
construction standards give guidelines on serviceability
limit design (SLD) to ensure that footfall does not
resonate with the floor.
2.3 EUROCODE CRITERIA FOR
VIBRATIONS DESIGN
Eurocode 5 (EC-5) [6] requires that, actions which can
reasonably be anticipated on a structure, do not cause
vibrations that can impair the function of the structure or
cause unacceptable discomfort to the users.
Vibration should be estimated by measurements or by
calculation taking into account the expected stiffness of
the structure and the modal damping ratio. A modal
damping ratio 𝜉 of 1% should be assumed, unless other
values are proven more appropriate.
The code then sets out design guidelines for residential
floors with fundamental frequency ( 𝑓1 ) below and
above 8Hz. If the floor 𝑓1 is less than 8 Hz, a special
investigation should be made. Where 𝑓1 is greater than 8
Hz, two main conditions must be satisfied: the static
deflection due to a unit point load and the unit impulse
velocity response must be lower than prescribed limits.
In addition to the main EC-5 provisions, additional
regional design criteria, outlined in National Annexes
(NA) are applicable. A study, which investigated the
vibration design criteria of thirteen countries for
traditional timber floor types by Zhang et al. [7],
presents the alternative equations and parameters for
each country.
2.3.1 Fundam ntal r u n y
The first fundamental frequency 𝑓1 for a rectangular
floor, simply supported on four sides, is found using
Equation 1.
𝜋

(𝐸𝐼)𝑙

𝑓1 = 2𝑙2 √
where

m
l

𝑚

(Hz)

2.3.2 Unit oint load d l tion
The maximum instantaneous vertical deflection
mm, caused by a vertical concentrated static force
kN, should satisfy Equation 2.
𝑤
𝐹

(mm/kN )

(2)

where a is the permissible deflection limit.
The values of a range from 0.5–4.0 mm depending on
NA criteria. The Irish and UK NA define a as
𝑎 = 16500/𝑙1.1
= 1.8

𝑙 ≥ 4000𝑚𝑚
𝑙 < 4000 𝑚𝑚

(mm)

(3)

Zhang et al. [7] found that the unit point load deflection
criterion was the most critical when considering
traditional timber floor design.
In determining the floor deflection, only four countries,
namely, Austria, Finland, Ireland, and the UK, include
additional stiffening from transverse floor members,
while only Finland, Ireland, and UK include the effect
of joist spacing. Only Ireland and UK incorporate the
added deflection due to shear.
The Irish and UK NA calculate the deflection due to a 1
kN load using Equation 4.

𝑤=

1000 𝑘𝑑𝑖𝑠𝑡 𝐿3𝑒𝑞 𝑘𝑎𝑚𝑝
48(𝐸𝐼)𝑗𝑜𝑖𝑠𝑡

(m/m)

(4)

where
- equivalent floor span in m,
e
k ist - additional stiffening factor from transverse floor
members; k ist ≥ 0.30
kamp - shear deflection factor ranging from 1.05–1.45
joist - the bending stiffness of the floor joist in
Nm2/m.Unit impulse velocity response.
The maximum initial value of the vertical floor vibration
velocity response caused by an ideal unit impulse is
found using Equations 5 and 6. The impulse is applied
at the point of the floor giving maximum response.
Components above 40 Hz can be disregarded.

𝑣=

(1)

- mass per unit area in kg/m2 of unloaded floor
- floor span in m
(𝐸𝐼)𝑙 - equivalent plate bending stiffness of the floor
about an axis perpendicular to the beam direction in
Nm2/m.
Austria and Finland NA include a quasi-permanent load
to represent partitions and furniture and account for the
lateral stiffness contributed by strutting, floor deck, and
ceiling. [7].

≤𝑎

in
in

4(0.4+0.6 𝑛40 )
𝑚𝑥𝑙+200

𝑛40 =
where

40 2
{(( 𝑓 )
1

−

(m/Nm2)
0.25
4
(𝐸𝐼)𝑙
𝑥
1) ( 𝑙 ) (𝐸𝐼) }
𝑥

(5)

(6)

- unit impulse velocity response in m/Nm2
- floor width in m
n
- number of first-order modes with natural
frequencies below 40 Hz
(𝐸𝐼)𝑥 - equivalent plate bending stiffness of the floor
about an axis parallel to the beam direction in Nm2/m.
The limit defining the unit impulse velocity is found
using Equation 6.
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𝑣 ≤ 𝑏 (𝑓1 (𝜉−1))

(m/Ns2)

(6)

The parameter 𝑏 is determined using Figure 1 where a is
the permissible deflection limit. The modal damping
ratio 𝜉 is generally 1%, but is taken as 2% in Ireland and
the UK, due to different construction norms.

found that the dynamic response of the floor, improved
considerably when incorporated into the building, the
damping ratio improving the most. Maldonado and
Chui’s [13] study of one-way and two-way spanning
floors, found that introducing screws at floor supports,
improved the frequency results. Maldonado and Chui’s
investigation on the rotational stiffness of floor supports
showed an improved fundamental frequency and static
deflection response, with increased rotational support
stiffness [14]. Weckendorf and Smiths’ [15] study of the
dynamic response of shallow floors with CLT structural
spines, asserted that it is the flexibility of the supporting
structure, not the movement within the structure of the
floor itself that influenced vibration serviceability of a
CLT floor. They concluded that floor vibration
serviceability design criteria applied to traditional
timber floors was probably not appropriate for CLT
floor design.
2.

Figure 1:Recommen e range o an relationship et een a
an
rom C- [6]

Zhang et al. [7] found that the unit impulse velocity
response is very difficult to determine. Finland,
Germany, Netherlands, and Spain, disregard the criteria
totally.
2.4 SERVICEABILITY LIMIT DESIGN IN
PRACTICE
Annoying floor vibration induced by occupants’
everyday activity has been a persistent design problem
[8]. An extensive study was undertaken by Hamm et al.
[9] on in-situ floors to investigate why annoying
vibrations continue to be a problem, although EC-5 and
German NA: DIN 1052 [10] are generally adhered to.
Measurements were taken from in-situ timber floors,
including traditional and CLT floors, with and without
screed topping. It found that in-situ frequency
measurements and calculated values did not sufficiently
correlate. The study attributed the difference to the
assumed boundary conditions, which did not include the
torsional spring influence of the walls above. Nonbearing partitions positively influenced vibration
behaviour in all cases, and the static deflection criterion
was determined to be equally as important as the
frequency parameter. It found no significant correlation
between frequency measurements and perceived
vibration annoyance [9]. However, Hu and Gagnon [11]
conducted subjective and dynamic tests of a laboratory
floor, and found human perception to correlate well with
the dynamic load results. The damping ratio of a bare
CLT test floor consistently measured 1%. A study
assessing the vibrations of a timber floor in the
laboratory and during construction by Jarnerö et al. [12],

CROSS LAMINATED TIMBER FLOORS
AND SERVICEABILITY LIMIT DESIGN

Current serviceability design codes in Europe
essentially pertain to the design of traditional timber
floor construction, where annoying vibration is
attributed to movement in the floor structure alone. The
design parameters generally relate to the geometry and
stiffness of the floor, or in some cases, one-way
spanning floor joists only. As CLT floors are solid
plates, discernible movement within the floor structure
from serviceability loading is not expected, however
annoying vibrations may still occur. Due to the
orthotropic nature of CLT, the floor stiffness is not equal
in perpendicular directions, but continuous support can
be provided to all edges. Supports in EC-5 are assumed
to be simply supported.
Mid- to high-rise CLT buildings are generally platform
construction, where each successive storey is built from
the floor below, hence the floor and walls are
interlocked. A degree of semi-rigidity is therefore
expected in all CLT floor-to-wall fixing configurations,
which combined with the stiffness of the walls above
and below, will influence the dynamic response of the
floor. The number of storeys above or below along with
adjacent building components will also have an
influence.
Current industry standards recommend connecting CLT
floor and wall panels with different combinations of
steel brackets, plates, screws, and anchors. Figure 2
shows a typical floor to wall junction. By establishing
the rotational stiffness of different connection
configurations, using proprietary components, optimum
set-ups with regard to SLD can be determined. All
bearing in mind the construction industry’s requirement
for economical standardised components and simple
assembly.
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analysis using an 8-noded element (SR8) was made
without a significant effect on the results. Initial
checking of the modelling approach was undertaken by
modelling isotropic square floors, fully fixed and simply
supported and comparing results with analytical classic
plate theory.

Figure 2:

3

Typical CLT shear angle bracket

FINITE ELEMENT MODELLING

Finite element analysis (FEA) is a convenient way of
appraising engineering problems virtually, before
implementing expensive experimental testing. In order
to determine the key characteristics of CLT floor-wall
connections that influence the vibration characteristics,
FEA models were developed using the ABAQUS finite
element package, which use the classical pinned and
fully fixed support models, corresponding to the
extreme rotational support stiffnesses of zero and
infinity. As real connections exhibit semi-rigid
behaviour, FEA models of CLT floors having supports
with intermediate rotational stiffness are also
investigated. The influence of the different support
conditions on the unit load deflection and natural
frequencies in the 0 – 80 Hz range are examined.
3.1.1 G om try
A 6960 x 2400 mm rectangular 5-ply CLT floor with a
total thickness of 200 mm was modelled. The maximum
dimension was based on a reasonable floor span for a
residential room or school. Category C1 [16] design load
criteria for a classroom and proprietary CLT
manufacturers design guidelines determined the floor
depth. The floor edges are supported either along the two
short sides or alternatively along all four sides. Figure 3
shows the one- and two-way spanning fully fixed floor
geometry, with a static load applied at mid-span.
3.1.2 Finit l m nt m sh
The model was meshed with 3D shell elements with a
five layer composite layup. Each layer was 40 mm thick.
Four-noded, reduced-integration curved shell elements
with hourglass control (SR4) were used, with six
degrees of freedom at each node. Following a mesh
convergence study a global element size 0.1 m was
found to be suitable. The floor model comprises a total
of 1775 nodes and 1680 elements. For comparison,

Figure 3: ully i e geometry ith static point loa

3.1.3 Boundary Conditions
The supported edges of the floors were modelled as fully
fixed, semi-rigid and simply supported. One and twoway spanning conditions were considered. In simulating
the fully fixed support conditions, all six degrees of
freedom at each edge node were constrained. The three
translational degrees of freedom at each edge node were
constrained to simulate the simply supported condition.
The semi-rigid support condition was simulated by
using a combination of springs and ties. In order to
account for the influence of the supporting walls,
vertical and horizontal springs, with a stiffness of 10
E+06 N/m, were deployed at 350 mm spacing. Multipoint constraint (MPC) ties were introduced diagonally
from floor to wall, at 350 mm spacing to simulate rigid
brackets.
3.1.4 Mat rial ro rti s
Using FEA to analyse CLT floors, Weckendorf et al.
[17] contended that reliable results could only be
achieved with orthotropic material analysis, including
good characterisation and semi-rigidity of the supports
and joints.
In the current model, the floor material was assumed to
be orthotropic and linear elastic. The material properties
used for each ply are given in Table 2. These properties
represent a consistent orthotropic set that have been used
by Bejtka and Blaβ [18] in numerical modelling of the
bearing capacity and the stiffness of connections with
dowel type fasteners in spruce. The orientation of each
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successive ply was rotated 90° to simulate crosslaminated characteristics of CLT.
Table 1: inear elastic material properties rom ejtka an
Blaβ [18]

Bulk density

435

kg/m3

E1 (Longitudinal)

12.80E +09

N/m2

E2 (Rotational)

0.275E +09

N/m2

E3 (Tangential)

0.275E +09

N/m2

ν12

0.511

ν13

0.511

ν23
G12

0.550E +09

N/m2

G13

0.550E +09

N/m2

G23

0.055E +09

N/m2

Figure 4: ne- ay ully i e

0.203

3.2 ANALYSIS
Two types of analysis were performed to investigate
structural response. To determine the maximum static
unit point deflection on any point on the floor, a 1 kN
static load was applied at mid-span for each support
condition and a small-displacement analysis was
undertaken. The maximum deflection in each case was
recorded. To find the natural frequencies, a modefrequency analysis of the floor was performed for each
of the six support conditions. The first natural
frequencies and modes were found for each floor within
the 0-80 Hz range of interest.

4

k

4.1.2 T o ay s an unit oint load d l tion
Deflection results for the two-way spanning floor with
different support conditions are outlined in Table 3, with
a contour plot for the two-way fully fixed support
condition shown in Figure 5. The maximum deflection
was found to be 0.11 mm for the simply supported
condition. The deflection reduced with rigidity of
support, 0.10 mm and 0.09 mm for semi-rigid and fully
fixed supports, respectively.
Comparing these results with the one-way spanning
cases, the maximum floor deflection was seen to be
reduced by 79 %, 74% and 57 % for the simply
supported, semi-rigid and fully fixed supports,
respectively.
Table 3:

o- ay unit point loa

e lection

Support conditions

Deflection (w)

Fully fixed

0.09

mm/kN

Semi-rigid

0.10

mm/kN

Simply supported

0.11

mm/kN

RESULTS AND DISCUSSION

4.1.1 On
ay s an unit oint load d l tion
The static analysis of the one-way spanning fully fixed,
semi-rigid and simply supported floors, carrying a
central point load, showed that the deflection reduced
with the rigidity of support conditions, as seen in Table
2. Increased rigidity improved deflection performance,
decreasing the maximum deflection from 0.53 mm for
the simply supported floor by 60 % to 0.21 mm for the
fully fixed support conditions. For the semi-rigid case,
the maximum deflection was found to be 0.38 mm,
which represents a 28 % improvement from the simply
supported condition. The deflection analysis contour
plot for the one-way fully fixed support condition is
shown in Figure 4.
Table 2:

mm

ne- ay unit point loa

Support conditions

e lection

Deflection (w)

Fully fixed

0.21

mm/kN

Semi-rigid

0.38

mm/kN

Simply supported

0.53

mm/kN

Figure 5:

o- ay ully i e

mm

k

Based on the Irish NA to Eurocode 5 criterion for unit
point load deflection, the limiting deflection for a 6.960
m is 0.98 mm. All FE analysis showed the deflection
from a static unit point load well within this limit.
4.1.3 On
ay s an – modal analysis
For all support conditions, the modal analysis showed
three bending and three torsional modes within the 0-80
Hz range. Figure 6 shows the contour plots of the first
three bending modes with fully fixed supports. The
mode shapes were similar for all support conditions.
Table 4 sets out the frequencies for the first three
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bending modes for each support condition. The
frequencies increased with increased support rigidity,
from 8.74 Hz for simply supported floor, just above the
EC-5 criterion, to 10.74 Hz for semi-rigid supports, and
17.35 Hz when supports were fully fixed. Therefore, a
99 % increase in is found for a fully fixed floor, and
23 % for the semi-rigid condition. The influence of the
support rigidity reduced for higher mode shapes, to a
minimum 13 % in the third modes. The fully fixed
support condition brought the second bending mode
outside the EC-5 impulse velocity 40 Hz limit for first
order frequency modes.

The frequencies corresponding to the first three torsional
modes for the each of the support conditions are outlined
in Table 5. The lowest torsional frequency was 14.35 Hz
and was found for the simply supported case. Again, the
frequency values were found to increase with support
rigidity. The influence is greatest for first mode where it
increased by 44 % to 20.72 Hz for the fully fixed
condition and by 9 % to 15.71 Hz for the semi-rigid case.
The influence of the support conditions on frequencies
is significantly less with the higher modes shapes.
Table 5

ne- ay spanning torsional re uencies

Support
conditions
Fully fixed
Semi-rigid
Simply supported

1st

2nd

3rd

Torsional frequencies
20.72
45.81
75.04
15.71
39.37
69.65
14.35
37.68
67.83

Hz
Hz
Hz

Figures 7 and 8 show the first three torsional contour
plots for the fully fixed support condition. The mode
shapes were similar for all support conditions.
1st bending mode shape f1 = 17.35 Hz

1st torsional mode shape 20.72 Hz
2nd

bending mode shape

41.17 Hz

3rd bending mode shape

70.15 Hz

Figure 6 Contour plots o one- ay ully i e
Table 4:

2nd torsional mode shape
en ing mo es

ne- ay spanning en ing re uencies

Support
conditions
Fully fixed
Semi-rigid
Simply supported

1st

2nd

3rd

Bending frequencies
17.35
41.17
70.15
10.74
33.68
62.66
8.74
31.57
62.18

Hz
Hz
Hz

45.81 Hz

Figure 7 Contour plots o one- ay ully i e torsional mo es
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3rd torsional mode shape

1st two-way mode shape 59.69 Hz

75.04 Hz

Figure 8: Contour plots o the thir one- ay ully i e
torsional mo e

Only the first simply supported fundamental frequency
is calculated in EC-5 guidelines. Higher bending and
torsional mode shapes are ignored, however it can be
seen from the FE results that there are several natural
frequency modes still within the 0-80 Hz range that may
disrupt comfort levels.
4.1.4 T o ay s an – modal analysis
The modal analysis of the two-way spanning floors
resulted in three bending modes within the 0-80 Hz
range for simply supported and two for semi-rigid and
fully fixed support conditions. There were no torsional
mode shapes in this range. Table 6 outlines the
frequency results for all support conditions, the third
mode for semi-rigid and fully fixed, was above the
relevant range, but is included for completion.
Table 6:

2nd two-way mode shape

71.17 Hz

3rd two-way mode shape

91.60 Hz

o- ay spanning re uency mo es

Support
conditions
Fully fixed
Semi-rigid
Simply supported

1st

2nd

3rd

Bending frequencies
59.69
71.17
91.60
57.11
66.10
85.51
37.49
50.14
74.72

Hz
Hz
Hz

The modal analysis results for two-way spanning floors
show fewer natural frequency modes within the 0-80 Hz
range than for the one-way spanning floors. Of these,
only one lies within the 0-50 Hz range that may resonate
with footfall. The rigidity of the support conditions
again influenced the frequency results. The fundamental
frequency varied from 37.49 Hz for a simply supported
floor, to 57.11 Hz for semi-rigid supports, and 59.69 Hz
for the fully fixed case. This corresponds to a 59 %
improvement in frequency values for the first modes,
when changing from simply supported to fully fixed
support conditions. The influence of the support rigidity
was less for higher modes. With the exception of the
simply supported floor, frequencies were above the EC5 40 Hz unit impulse velocity response limit. Figure 9
shows the contour plots of the bending frequencies and
modes with fully fixed supports. The mode shapes were
similar for all support conditions.

Figure 9 Contour plots o t o- ay ully i e mo es

CONCLUSIONS
The timber SLD criteria and design guidelines for floor
vibrations from EC-5, including the Irish NA, have been
described. The parameters that were identified in
literature as the critical criteria were examined for a
sample CLT floor, namely, the first fundamental
frequency and the unit point static load deflection.
Finite element models of the CLT floor were developed
and three different types of support conditions were
investigated: simply supported, semi-rigid and fully
fixed. In each case, both one and two way spanning
situations were considered.
The study found that, by increasing rigidity in the
support conditions, the serviceability response in
accordance with EC-5 Irish NA parameters was
improved. The finite element static analysis for a unit
point load showed that the increased support rigidity
improved the deflection performance by up to 60 %. The
influence of spanning the floors both-ways reduced the
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deflection of up to 79 % compared to the one-way
spanning floors. All results for static deflection were
below the EC-5 Irish NA limit for a floor of this span.
Modal analysis of the one-way spanning CLT floor
showed that, for semi-rigid and fully fixed support
conditions, the first bending frequencies were increased
by 23 % and 99%, respectively, compared to a simply
supported floor. The difference is reduced to 13 % in the
case of higher modes. By changing the support
conditions to two-way spanning from one-way
spanning, the fundamental frequencies increased by a
factor of between three and five times.
These results demonstrate that the vibration behaviour
of CLT floors is strongly influenced by the assumed
support conditions. Assuming simply supported
conditions may be overly conservative and may result in
an overdesign of the floor. Assessing the rotational
rigidity of CLT support configurations, would allow
more realistic assumptions of the static deflections and
the frequency of vibrations in CLT floors.
Future work will include experimental investigation to
establish the rotational stiffness of proprietary support
systems. These will then be incorporated in future FE
models.
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TIMBER-CONCRETE COMPOSITE STRUCTURES WITH MECHANICAL
CONNECTION SYSTEMS
Petr Kuklík1, Anna Kuklíková2, Anna Gregorová3
ABSTRACT: This paper deals with behavior of timber-concrete composite structures with mechanical connection
systems. The paper is focused to two different connection systems: using dowel-type fasteners and using special surface
connector. Analytical model of dowel-type connection system is based on modification of Johansen´s equations valid
for timber to timber connections. Behavior of connection system with special surface connector is evaluated by
experiments and numerical simulations. The paper deals also with the evaluation of structural timber and the
determination of the performance of structural timber elements.
KEYWORDS: timber, concrete, timber-concrete composites, joints with mechanical fasteners

1 INTRODUCTION 123
Timber-concrete composite floors have higher stiffness
and load bearing capacity in comparison with traditional
systems. The performance as regards vibrations, noise
transmission is also better. Concrete slab is an efficient
barrier against fire propagation. It brings the benefit of
thermal mass, which can be used to help regulate the
internal temperature in the building [1]. The fire
resistance of timber-concrete composite floors is mainly
influenced by the timber and the fasteners connectors
[2]. Thin concrete slab is strongly influencing integrity
of floor system. In the Czech Republic, it is possible to
see an increased interest in the constructions of timber
framed houses in recent years. Due to that the ongoing
research deals in a complex way with the problems of
timber-concrete composite floor structures.
The aim of this research is to determine design models
for timber-concrete composite floors that are applicable
for computer simulations as well as for hand
calculations.
In the implementation of new and in the reconstruction
of old timber structures an important role is played by
a good knowledge of the properties of timber. The
estimation of the properties of timber by means of the
visual grading method is not entirely reliable with
respect to a series of factors influencing the mechanical
properties of timber and, further, with respect to the
influence of the human factor in the grading proper.
NDT methods of determining the properties of timber
based on the conclusive measuring of one or more
timber properties therefore yield new possibilities for a
more precise estimation of timber quality.
1

Petr Kuklík, CTU in Prague, kuklik@fsv.cvut.cz
Anna Kuklíková, CTU in Prague, kuklikov@fsv.cvut.cz
3 Anna Gregorová, CTU in Prague,
anna.gregorova@fsv.cvut.cz
2

2 CONNECTION SYSTEM WITH
DOWEL-TYPE FASTENERS
The dowel-type fasteners should be designed to transmit
all forces due to composite action. Friction and adhesion
between wood and concrete should not be taken into
account, unless a special investigation is carried out. The
presented analytical analysis of dowel-type connection
system is based on modification of Johansen´s equations
[3] valid for timber to timber connections.
The Figure 1 shows that this idea is objective.

Figure 1: Behavior of connection system with nails

If we assume that the timber-concrete connection system
with intermediate layer deforms according to Figure 2,
we can write the equilibrium equations (1) for doweltype fastener to point A.
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Lc ≥ l c + l´c and  l c = l t 

β 


(9)

3 CONNECTION SYSTEM WITH
SURFACE CONNECTORS

Figure 2: Dowel-type fastener connection system with two
plastic hinges

l2

l
2 M y − f h ,t d l t  t + t + l c  + f h ,c d c = 0
2

2
where
fh,t
fh,c
My
with

β=
lc =

(1)

is embedding strength of timber,
- embedding strength of concrete,
- yield moment for fastener,
f h ,c

(2)

f h ,t

lt

β

and

(l c ⋅ f h ,c = l t ⋅ f h ,t )

(3)

Load-carrying capacity for dowel-type fasteners per
shear plane per fastener, should be taken from the
following expression (4):
 2β
Rv = f h ,t d l t = f h ,t d 
 1 + β

2 My
f h ,t d

+

For connecting timber and concrete, a modification of
standard punched metal plate fastener was chosen.
Extensive research was performed at University of Delft
[4], Karlsruhe [5] and Stuttgart [6], where different
modifications of punched metal plates were investigated.
Results of these researches were considered in our shear
connector development. In collaboration with a Czech
manufacturer of connectors for timber structures BOVA
[19], an innovative punched metal plate fastener shown
in Figure 3 has been developed.
It is a double-sided punched metal plate fastener made of
hot-dip galvanized 1,5 mm thin steel sheet with zinc coat
S280GD + Z275. Dimensions of the plate are 84 x D
mm, where D is a length parameter and can be produced
in multiple of 105 mm.
Teeth are punched in four rows - two rows on each side,
followed by a continuous surface formed by omitting
three rows of teeth, followed by another six rows of teeth
- three rows on each side.
The axial distance of edge row is 3,5 mm and 7,0 mm
between rows. Teeth are 3 mm width, 15 mm long and
ended with 60° spikes. Mass of steel plate between teeth
in one row is about 9 mm. Manufacturing drawing is
shown in Figure 3. Innovative shear connector is
protected by an application of Utility model and Patent.

β 
t2
−
t
1 + β 2 1 + β 
β

In the case of connection without interlayer (t = 0) the
expression for Rv is simplified:
Rv =

2β
1+ β

2 M y f h ,t d

(5)

The expressions are valid for connection with two
hinges. This situation occurs when:
l´t ≥

l´c ≥

4My
f h ,t d
4My

(6)

(7)

f h ,c d

For connection with two hinges shall be satisfied the
penetration lengths:

Lt ≥ l t + l´t

(8)

SERIES

DIMENSIONS [mm]
MATERIAL OF
SHEAR CONNECTOR thickness width
length

A

S280GD + Z275

1,5

84,0

210,0

B

S280GD + Z275

1,5

84,0

315,0

Figure 3: Drawing and dimensions of connector

Different length of surface connector was chosen for
experimental investigation. The longer plate is more
difficult to punch between timber beams due to the need
of higher pressing force and to secure the right beams
position.
An illustrative photo of application is shown in Figure 4.
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Figure 4: Application of surface connector
Figure 6: 3D FEM simulations - stress and deformation

The shear tests were carried out according to EN 26891
[7], where also provisions for the determination of the
connector slip moduli are given. Result is shown in
Figure 5. Dominant failure mode observed was shear
failure of punched metal plate in the plane intersecting
the middle part of the first row of holes in timber beams
area, see also the result of numerical model in Figure 6.

Figure 5: Result of shear test

Numerical 3D FEM model of direct shear test has been
created in ANSYS® WORKBENCH 13 software for
comparison of FEM model solution and experimental
behaviour of innovative shear connector in timberconcrete composite structure. Orthotropic elasticity was
used to design timber. Concrete was designed as an
isotropic material adequate to concrete strength class
C16/20 and shear connector was modelled as non-linear
steel with bilinear isotropic hardening. Contact regions
were added on all concrete-steel and timber-steel
surfaces. Results of 3D FEM simulation are presented in
Figure 6.

4 EVALUATION OF STRUCTURAL
TIMBER BY DYNAMIC METHODS
Very important role in the implementation of new and in
the reconstruction of old timber structures is played by a
good knowledge of the properties of timber. The
predominating kind of timber in the Czech Republic is
the spruce. The spruce is also the most frequently used
kind of timber in the building industry. With respect to
these facts only spruce timber was examined in the tests.
Three sets of spruce timber beams from different
localities of the Czech Republic were subjected to tests.
Number of samples in every set was 40. Nominal
dimensions of samples were 100x150x3000 mm3. In the
case of set B the samples which had been taken from 23
tree trunks were also investigated from the following
points of view:
- the position of the sample along the tree trunk;
- the position of the sample transversally across the tree
trunk (in case that more than one sample were cut out
transversally across the tree trunk).
The aim of this approach was to try to analyze also the
variability of the physical and mechanical properties of
timber with respect to its position within the tree trunk.
The laboratory measurings were carried out in four
stages:
1. visual grading,
2. application of vibration methods,
3. application of the ultrasonic method,
4. bending test.
The moisture contents of the samples of the individual
sets during the tests were the following: A = 10 %,
B = 17 % - 20 %, C = 18 % - 22 %.
Visual grading
The visual grading of timber was carried out according
to the standard DIN 4074-1. In every sample the
knottiness, the thickness of the annual rings and the
slope of the grain were first investigated. These visual
parameters were also selected for further statistical
processing. Further characteristics, as the split
dimensions, the colouring of the timber, etc., were used
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only for the inclusion of the samples into grades, but
they were not further evaluated.
Vibration methods
Methods of transverse and longitudinal vibrations were
applied with the help of which three values of the
elasticity modulus Eedge, Eflat, and Elong were determined.
During the tests the dimensions of the respective samples
and their masses were measured.
Transverse vibration method
The measurings were carried out on a rigid concrete slab,
the natural vibration of which did not influence the
vibration the elements. The positioning in the places of
the modal points of the expected vibration by the first
natural form was carried out by means of two steel
angles. One of the angle irons was equipped with a
rectification screw for the placing of elements marked
with a light twist. Approximately in the axis of the
member a thread with a diameter of about 5 mm was
made, into which an accelerometer (Hottinger) was
screwed. This kind of fastening proved as most
convenient for timber elements. It is relatively quickly
carried out (contrary to gluing), it is very rigid and the
measuring result is not negatively influenced even by an
intervention in the timber during the cutting of the
thread.
For the determination of the natural frequencies free
vibration model was applied. The diagram of the
measuring line is shown in Figure 7.

b

a

c
d

Figure 7: Diagram of the measuring line for transverse
vibration method
Notation: a - element tested, b - accelerometer, c – signal
amplifier, d - oscilloscope

In the element axis a light impact was induced by means
of a 50 gram hammer. This place is ideal for the exciting
of “odd” natural forms and frequencies. The signal
induced by the sensing unit was intensified by the
amplifier (Hottinger) and recorded by the memory
oscilloscope (Gould).
Each element was investigated in two positions:
- edge (positioning on the “shorter” side of the cross section),
- flat (positioning on the “longer” side of the cross section).
Longitudinal vibration method
In the longitudinal vibration method it is necessary to
place the sample on non-rigid supports in such a way,

that the longitudinal vibration should be influenced by
the positioning as little as possible. In our case two soft
supports made of molitan (foam rubber) were used
approximately in one quarter and in three quarters of the
length of the sample.
It was shown that the way of support mentioned satisfies
the precision expected in a satisfactory degree. The
frequencies measured showed hardly any difference
during the change of “rigidity” and the positioning of the
molitan supports. A thread for the accelerometer was cut
into the front of the sample, similarly to the case of
transverse vibration.
The measuring line was almost identical with the line for
transverse vibration method.
Ultrasonic method
With the help of the ultrasonic method an “ultrasonic”
elasticity modulus was determined for every element
parallelly with the grain Eus. This method is the simplest
and “the most convenient” as regards its realization.
The measurings were carried out essentially without the
handling of the samples, only the sensors were moved.
The tests were carried out by means of an ultrasonic
devices Tester CCT-4 of the Proceq firm (used for
similar measurings of concrete structures) and
SYLVATEST. The measuring concerned the time of the
passing of the wave through the entire length of the
sample. It was carried out twice, in different places of
the cross-section.
The average value was then used as the input for the
calculation of the elasticity modulus. Moisture reduces
the speed of sound because, with increasing moisture,
elasticity modulus decreases and density increases.
Speed is also reduced with increasing temperature,
because higher temperatures produce lower density due
to thermal expansion of wood.
Bending Test
The last stage of all the series of experiments was the
carrying out of bending tests according to the standards
EN 408 and EN 384. On the basis of the measured
values statical modulus of elasticity parallel to the grain
Est were determined.
The elements were tested in the edge position (i. e.
positioned on the shorter side of the cross-section) that is
in the position, when the element has a higher bearing
capacity as regards bending.
Measuring results and evaluation of the testing
methods
Each sample of each set was described by ten main
parameters. These are the characteristics of visual
grading, the results of non-destructive tests and the
parameters determined on the basis of a statical and
destructive tests.
The best idea of the mutual relations between the
individual magnitudes (determined with different
precisions) is given by the tables of selected coupled
correlation coefficients. They are defined by the
following expression (10):
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) 2 ∑ (Yi −Y) 2
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is
the number of elements
where n
of one selection,
X i for i ∈ {1,..., n } - elements of the first
selection,
Yi for i ∈ {1,..., n } - elements of the second
selection,
X
- the arithmetic mean of
the first selection;
Y
- the arithmetic mean of
the second selection.
As statistic selections are further regarded the sets of
values of individual parameter of elements determined
within the framework of one set. The following table
(Table 1) give the computed values of coupled
correlation coefficients as regards the selections of one
of the sets.
Table 1: Coupled correlation coefficients
Set B

fm

E edge

E us

Density

E edge

1,00
0,76
0,77

0,77
0,96
1,00

0,81
0,90
0,92

0,55
0,86
0,87

Elong

0,77

0,96

0,92

0,89

0,81
0,76
0,55
– 0,50

0,92
0,87
0,87
– 0,50

1,00
0,82
0,81
– 0,42

0,81
0,72
1,00
– 0,40

– 0,10

– 0,08

0,14

– 0,34

– 0,39

– 0,28

fm
E fllat

E us
E st

Density
Annual
ring
Slope
of – 0,15
grain
Knot
– 0,50

From the point of usability of the methods tested we are
most interested in the dependence of strength on the
elasticity modulus. The correlation coefficients between
the strength selections and the elasticity moduli range
from 0,75 to 0,88. This may testify to the fact that the
elasticity modulus can be a suitable indicator of the
bending strength of structural members.
It also follows from the results of experimental
measurings that to some extent the density shows a
better correlation with the elasticity modulus (0,69 0,89), than with the strength (0,54 - 0,71).
With respect to the European standard EN 338 also the
fulfilling of the criteria for the individual strength classes
within the framework of the tested sample sets A, B, C is
of considerable interest.
Figure 8 is presenting a survey of the proportional
representation of the timber strength classes C16, C22,
C27 according to the standard EN 338 in the individual
sets of the Czech timber under investigation.
With respect to the standard for visual grading
(DIN 4074) it is interesting to note, in which way certain
criteria of visual grading participated in the classification
of structural timber into the strength classes (Figure 9).

The relationships between the bending strength and the
non-destructive parameters are different for different
methods and different localities of the Czech Republic.

%

(

1
∑ Xi −X Yi −Y
n
2 1
∑ Xi −X   ∑ Yi −Y
 n

80
70
60
50
40
30
20
10
0

69

67

33

32,5

29
2,5

2

0
A

67,2

65

B

31,2

1,6
C

C16
C22
C27

Average

Figure 8: Timber quality of sets tested

%

R=

100
90
80
70
60
50
40
30
20
10
0

96,6

93,8

96,3

95,5
Knot
Slope of grain

6,9
3,4

6,3
0

15

A

B

C

3,7

9,1
2,3

Annual ring

Average

Figure 9: Influence of the criteria of visual grading for the
classification of timber into strength classes

On the basis of all experiments carried out the following
functions (derived from statistical analyses) appear as
convenient.
In the application of the vibration method or the
ultrasonic method:
f m = 0,0041 E long − 9,9

(11a)

f m = 0,0035 E long

(11b)

f m = 0,0038 E flat − 6,3
or f m = 0,0038 E edge − 6,3

(12a)

f m = 0,0034 E flat
or f m = 0,0038 E edge

(12b)

f m = 0,0034 E us − 3,1

(13a)

f m = 0,0032 E us

(13b)

(units: MPa).
In the application of the combination of the vibration or
ultrasonic method with the visual parameter measuring:

f m = 0,0036 E flat − 18,8 k + 1,0
or f m = 0,0036 E edge − 18,8 k + 1,0

(14a)

f m = 0,0037 E flat − 21,5k
or f m = 0,0037 E edge − 21,5 k

(14b)
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f m = 0,0031 E us − 21,2 k + 5,8

(15a)

f m = 0,0034 E us − 15,3 k

(15b)

comparative diameter of knot
k=

d k ,max

where

(16)

b

d k ,max

is

developed the apparatus PILODYN. This apparatus
(Figure 10) works on the principle of steel rod shooting
into the wood by shock energy 6, 12 or 18 J (Nm). Steel
rod is of diameter from 2,0 to 3,0 mm. The diameter is
chosen depending on the timber species (oak, spruce
etc.), which is to be tested. The depth of rod penetration
can be immediately seen on the apparatus scale. This
apparatus is very often used for periodical check of
wooden piles for electrical or communication cables,
railroad mats, mine sets etc.

minimum diameter of the

biggest knot in the centre of length of sample,
b
- corresponding width or depth of
sample,
(units: MPa, knot without dimension).

5 EVALUATION TIMBER BY
PENETRATION METHOD
More then thousand samples were tested by nondestructive methods. Based on these measurements the
calculation procedure was amended and new quadratic
regression equation was defined for the calculation of the
density of timber. The results were proved by other
measuring methods and they will be used as a material
property base for modelling.
For the possible application of timber the characteristic
strength is used, i.e. 5% quantile of the basic data
collection. Therefore is no possibility for usage of high
strength in processing of non graded timber. It follows,
that from economical point of view it is necessary to
select the wood property, i.e. by selection of convenient
pieces into the different quality classes. The strength of
distinguished construction element could be estimated
only indirectly, by visual or non-destructive methods,
which more or less closely correlate with strength. The
dissipation of strength in a given quality class couldn’t
be reduced narrowly. Therefore these quality classes
more or less overlap, depending on the quality of the
selection. The overlapping is greater, when the selecting
process is less effective. Traditionally the timber is
selected visually. The quality is given by visually
distinguishable wood characteristics first the knots and
the width of annual rings. In the present time the visual
selection of timber by strength is ruled by technical norm
DIN 4074-1. Important effects on strength, e. g. density
of wood, could be visually determinates only
unsatisfactorily, for example with the aid of annual rings.
This technical information could be relatively easy to use
method applicable for measurement of timber quality,
either in existing construction, or in the production.
Density is an important affecting the timber quality. The
strength of timber, especially the strength in compression
parallel with fibres is substantially affected. The timber,
build in constructions, should be sampled for density
estimation. Because of most importance of timber
properties in the mainly stressed parts of constructions,
the non destructive method of density estimation is very
convenient. Several years ago the Swiss company Proceq

Figure 10: Timber mass density measuring by PILODYN
apparatus

The apparatus PILODYN 6J Forest is very convenient
for measuring of timber quality. It has following
parameters:

• shock energy 6 J,
• penetration depth up to 40 mm,
• rod diameter 2,5 mm.
The apparatus manipulation is very good, because of its
weight about 1,55 kg and portable dimensions: length
335 mm and diameter 50 mm. For estimating of density
based on measuring of humidity and rod penetration, the
following equations can be used:

ρ12 = − 0, 027102 t p ,12 + 0, 727 987

(17)

t p ,12 = t p (1 − 0, 007 Δw )

(18)

Δw = w − 12

(19)

where:

ρ12

timber mass density at 12 % [g/cm3]

t p ,12

humidity,
penetration depth of stroke rod into

tp

timber within 12 % humidity [mm],
penetration depth of stroke rod into
timber within known humidity [mm],

w

timber humidity in time of measuring
[%].
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Similar regression equation is given also for estimation
of average wood density:

ρ12 ,mean = − 0,027194 t p ,12 + 0,790506

(20)

In the old constructions the wood is already aged, which
means at first the degradation of lignin in surface wood
cells. In case of penetration method application, it is
convenient for this type of wood in the measuring place
to remove the surface layer, about thickness of 3 mm. In
this research the quadratic equation was, applicable for
extreme boundary density values (very low or very
high). It gives more exact results in comparison with
linear function.

ρ 12 , m ean , kv = 0,001328 t p ,12 2
− 0,060357 t p ,12 + 0,991267

(21)

1005 members of visually graded spruce timber were
measured, always four times repeating. The
measurements were checked by the method of pressure
wave pass (app. FAKOPP). The results are shown in
Figure 11 and 12, and in Table 2.

Figure 11: Statistics of timber quality measurement, Modulus
of elasticity estimated for all specimens according
to 5%

Figure 12: Statistics of timber quality measurement, Modulus
of elasticity estimated for all specimens according
to new quadratic regression

Table 2: Comparison of bending strength founded by different
measuring methods
Classes by
DIN 4074-1

S 10
S 10
S 13
S 10
S 13
S 13

Strength
[MPa]
24
24
30
24
30
30

Mass
density
by pen.
[kg/m3]
460
402
437
492
409
537

Strength
calc.

Strength
exp.

[MPa]
33,983
34,221
31,282
44,040
39,775
61,395

[MPa]
40,04
41,50
49,37
50,90
55,41
77,22

6 CONCLUSIONS
The presented research deals in a complex way with the
problems of timber-concrete composite floor structures.
The aim of this research is to determine design models
for timber-concrete composite beams that are applicable
for computer simulations as well as for hand
calculations.
The research is concerned also with the investigation of
the use of non-destructive testing methods for the
evaluation of structural timber and for determination of
the performance of structural timber elements. The
investigations dealt with the ultrasonic and stress wave
methods and mainly with the penetration method. The
usability of these methods was verified at samples with
the structural dimensions. The principle of the work lies
in the search for statistic relationships between
parameters characterising the timber quality (e.g.
bending strength, modulus of elasticity) and magnitudes
measured by the above mentioned non-destructive
methods (e.g. dynamic modulus of elasticity, density).
The non-destructive testing methods are very useful for
preliminary investigation as was shown. The received
data can approximate the mechanical property quite well,
but to evaluate them in the right way the experience is
needed. Each device is unique so the comparison with
the results of other researchers can be discussed further.
But long-term monitoring using the same device by one
team with experiences is very appropriate and results are
reliable.
Development of a new type of prefabricated timberconcrete composite floors is in progress.
Timber-concrete composite structures are very useful for
the production of floors with very good performance in
normal temperature and also in fire situation. The
weakness in fire situation is not usually fire resistance
(R) but integrity (E) and insulation function (I).
Timber-concrete floor was tested to resist fire according
to ISO 834 at least 45 minutes for REI criteria. During
the test structure showed resistance REI 60. At the time
of 62 minutes the test was discontinued, because the
concrete slab partially burnt and the floor has lost its
integrity (E) and insulation function (I). The research
shows that timber-concrete composite floor can be
designed according to γ-method with charring of the
timber part specified by the charring rate βn and the
stiffness reduction due to elevated temperature of the
shear connection kmod. Also concrete is affected with an
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increasing temperature and its stiffness and load-carrying
capacity is reduced.

ACKNOWLEDGEMENT

This work has been supported by project of University
Centre for Energy Efficient Buildings and by CTU in
Prague,
the
project
SGS16/045/OHK1/1T/11
„Prefabricated timber-concrete floors“.

REFERENCES

[1] Ceccotti A.: Timber-concrete composite structures.
Timber engineering STEP2, Centrum Hout (NL),
1995.
[2] Frangi A., Fontana M.: A design model for the fire
resistance of timber-concrete composite slabs.
Proceedings of the IABSE Conference on Innovative
Wooden Structure and Bridges, Lahti, Finland, 2001.
[3] Johansen, K. W.: Theory of timber connections.
International Association of Bridge and Structural
Engineering. Publication No. 9:249-262. Bern, 1949.
[4] Van der Linden M-L.R., Timber-concrete composite
floor systems, Doctoral thesis, Technical University
of Delft, 1999.
[5] Blass H.J., Ehlbeck J, van der Linden, Schlager M.:
Trag- und Verformungsverhalten von Holz-BetonVerbundkonstruktionen., Bericht T 2710, Un
Universtität Karlsruhe, 1995.
[6] Aicher S., Klöck W., Dill-Langer G., Radovič B.:
Nails and nailplates for as shear connectors for
timber-concrete composite constructions. Otto-GrafJournal, Vol.14, pages 189-210, 2003.
[7] EN 26891 - Timber structures. Joints made with
mechanical fasteners. General Principles for the
determination of strength and deformation
characteristics, CEN Bruxelles, Belgium.
[8] Lukaszewska E., Johnsson H., Fragiacomo M.:
Performance of connections for prefabricated timberconcrete composite floors, Materials and structures,
pages 1533-1550, 2008.
[9] Comité European de Normalisation (2006), EN 19951-1: Eurocode 5: Design of timber structures - Part
1-1: General - Common rules and rules for
buildings, Bruxelles, Belgium.
[10] Comité European de Normalisation (2010),
EN 338: Structural Timber – Strength classes,
Bruxelles, Belgium.
[11] Comité European de Normalisation (2000),
EN 1611-1: Sawn Timber – Appearance grading of
softwoods – Part 1: European spruces, firs, pines,
Douglas firs and larches, Bruxelles, Belgium.
[12] Comité European de Normalisation (1991),
EN 26891 - Timber structures. Joints made with
mechanical fasteners. General Principles for the
determination of strength and deformation
characteristics, Bruxelles, Belgium.
[13] Astley R.J., Stol K.A., Harrington J.J.: Modelling
the elastic properties of softwood, Holz als Roh und
Werkstoff 56, pages 43-50, Springer-Verlag,
Germany, 1998.

[14] Sandoz, J., L. (1989): Grading of construction
timber by ultrasound. Wood Sci. and Technology,
23, pp. 95-108.
[15] Liot, F., Guitard, D. and Morlier, P. (1994):
Nondestructive evaluation of wooden elements in
bending – beams, poles or logs. Proc. 1th European
Symposium on Nondestructive Evaluation of Wood,
Sopron, pp. 294-302.
[16] Perstorper, M. (1994): Strength and stiffness
prediction of timber using conventional and
dynamic methods. Proc. 1th European Symposium
on Nondestructive Evaluation of Wood, Sopron, 2,
pp. 321-330.
[17] Kuklik P.: Timber structures. Czech Chamber of
Certified Engineers and Technicians, Prague, 2005,
ISBN 80-86769-72-0.
[18] BOVA s.r.o., www.bova-nail.cz

WCTE 2016 e-book | 4230

A CONTRIBUTION TO THE DESIGN OF RIBBED PLATES
Manfred Augustin1, Severin E. Zimmer2, Thomas Bogensberger3, Tim Sleik4
ABSTRACT: The topic of this paper is the discussion of a proposal for the design of ribbed plates built-up with CLT
(plate)- and GLT (ribs)- members. The suggested elastic model is based on the work of Abdelouahed [13] and Smith
and Teng [14] for the strengthening of concrete members with FRP plates and will be applied for the mentioned loadcarrying timber elements. As a result so far it could be observed, that high peaks of shear and tensile stresses
perpendicular to the interface (glue-line) occur due to the elastic consideration of the material. The model was evaluated
by some pre-test which showed an acceptable correlation between the predictions of the model and a 2D-FEM analysis.
It is evident, that the notches at the end of the rips must be reinforced by e.g. self-tapping screws or glued in rod to
achieve effective solutions for this load carrying element. With the discussed model the shear and tensile stresses and
forces resp. perpendicular to the interface can be computed.

KEYWORDS: Cross Laminated Timber, CLT, Glulam, GLT, ceilings, floors, composites, hybrids, ribbed plates,
design, notches

1 INTRODUCTION 123
In the last two decades timber engineering was
characterised by the development of effective and
innovative products and jointing methods, as well as
highly prefabricated components and modules. In
particular the product Cross Laminated Timber and the
self-tapping screw development brought new technical
and economical possibilities. Meanwhile it is not a rarity,
that multi-storey buildings up to 10 storeys are erected
with timber products. This development causes changes
in the design of timer elements, which have to be
realised/handled by engineers.
In particular desires regarding increasing spans of
ceilings are a challenging task. The design of this load
carrying components is often determined by
serviceability requirements e.g. deflections and vibration
which require high stiffness. Only in special cases (e.g.
point-loaded plates) the ultimate limit state becomes
crucial. Although with e.g. (solid) CLT-plates spans up
to 6 m can be implemented it is an economical question
to find other construction possibilities. Apart from
timber-concrete-composite structures or suspended
structural systems the application of glued ribbed and
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boxed plates are effective regarding the ratio of the input
of material and costs.
For the implementation of this elements insitu two
principle possibilities are common: First the appropriate
openings of the ribs are cut out in the walls below and
each rip is supported on the appropriate areas there.
Disadvantages of this case are highly efforts in the
production, problematic situations with building physics
issues (e.g. noise insulation) as well as missing space for
the arrangement of pipes and wires of the technical
building systems. In order to avoid these problems and in
particular due to economical and technical reasons
members with rips ending at a distance from the adjacent
load-carrying walls are often used in practise. Although
there is a difference compared to the corresponding
rectangular members with structural timber and glulam 
this structural detail will be denoted as "notch" (at ribbed
plates) in this paper.
From a mechanical point of view at the vicinity of the
notches a complex stress state occurs which is
characterised by high stress peaks in tension perp. to
grain, as well as shear stresses. In order to obtain the
desired high efficiency these members should always be
reinforced at the notches. In practise self-tapping screws
or glued in rods are used for this purpose, but also other
possibilities are technically feasible.
It is the aim of this contribution to suggest a design
method for the mentioned detail. In particular the shear
and tensile stresses perpendicular to grain in the interface
(glue-line) can be computed for practical design
purposes with the given equations although it has to be
mentioned that further investigations for the specific
verification process are necessary.
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2 STATE OF THE ART
2.1 Production of ribbed plates
Ribbed plates can be built up with different timber
products (e.g. structural timber, glulam and bar-like
engineered wood products (EWP) for the rib and CLT,
layered timber plates and other EWP plates. For the
jointing of the interface between rib and plate, due to the
required small joint slips and high slip modulus resp.
glued connections should be applied. In principle also
other jointing methods (e.g. mechanical fasteners) are
possible but they will not be very effective.
Generally the gluing procedure can be done by hydraulic
or vacuum presses, but is commonly arranged with
screw pressing seldom with nail pressing. Based on
experience, it has to be stated that, the gluing of the
interface is no problem, when the usual boundary
conditions for the gluing are considered. In particular
even surfaces of the glued members (d ≤ 0,3 mm), the
usage of straight and untwisted ribs, as well as the
compliance with the requirements from the adhesive
producers shall be mentioned in this context.
2.2 COMPOSITE MEMBERS
From a mechanical point of view ribbed plates can be
classified as composite members. Their design in Timber
Engineering has a long history, and so, in particular in
Europe, a lot of experience has been made. Among the
huge amount of contributions to this topic the
outstanding work of K. Möhler, TH Karlsruhe, who set
up the basis in his dissertation [1] for the so called "design method", the research work of R. Pischl, TU Graz
[2], W. Schelling, TH Karlsruhe [3] and B. Heimeshoff,
TU Munich [4] have to be mentioned in this context. In
summary the brought up research work focused on the
challenge to joint timber members restricted by their
natural dimensions to bigger and thus members with
higher load carrying capacity. With the then known and
commonly applied connection techniques they defined
methods for the calculation of flexible jointed bar-like
(1D) timber members by means of mechanical fasteners.
Depending on the slip modulus Kser of the fasteners the
stiffness of the bending members could be significantly
increased and designed in a reliable way.
For the design of 2D plates and structures H. Kreuzinger,
TU Munich (shear analogy method) [5] and G.
Schickhofer, TU Graz (basics of the design of layered
timber structures, e.g. for CLT) [6] among others
proposed important contributions for the design of
timber elements. Although in the mentioned
contributions there is no direct context to the present
problem that the basics for the following considerations
have been formulated there and their knowledge is
recommended.
2.3 DESIGN OF NOTCHES
For the design of notches in beams several scientific
efforts were done in the past. Mistler [7] and Henrici [8]
focused on finding solutions for the determination of the
tensile stresses in the vicinity of the notch and
considered the influence of the stresses volume and the

behaviour of the orthotropic panel resp. Gustafson [9]
analysed the stresses in notches by the application of
fracture mechanics and defined the basis for the relevant
sections given in EN 1995-1-1. In his dissertation
Jockwer [10] investigated the mechanics of notches for
different methods. In particular the interaction between
the occurring shear and tensile stresses at notches by a
fracture mechanics approach was analysed in detail. In
the verification process the mixed stress state is usually
reduced to a formal computation of shear stresses.

3 THEORY
3.1 SIMPLE BEAM VERIFICATION BASED ON
THE SIMPLE BEAM THEORY
3.1.1 General preliminaries
Since there is no difference compared to the common
design in bending verification at the maximum stresses
location, no further discussion is made concerning the
verification of bending stresses of ribbed plates. They
have to be done in the usual way. Regarding shear
stresses the simplest design model for the design of
notched ribbed plates and other cross-sections is the
integration of the shear stresses in the rib with the rules
of the technical beam theory.
The shear stresses in a beam of arbitrary cross-section
can be computed with

 ( x) 
where
 (x)
V(x)
S(x,z)
I(x)
b(z)

V ( x)  S ( x, z )
I ( x )  b( z )

(1)

shear stress at x, in N/mm²
vertical force at x, in N
static moment, in m³
moment of inertia, in m4
width of the cross section, in mm

In cases where the cross-section is built-up by layers
with materials and/or grades with different moduli of
elasticity (MOE) it is common, to refer the MOEi of the
i-th layer to an arbitrary defined reference value
(MOEref) in order to define a n-value whereby
n=MOEi/MOEref.
The vertical force F90 in the interface between the plate
and the rib can then be evaluated by integration (Figure
1).
F90 ( x) 

zIF

V ( x)

ziF

S IF ( x, z )
b( z )
z 0

  ( x, z)  dz  I ( x)  

z 0

(2)

3.1.2 Design of notches in beams with rectangular
cross-sections
For a notched beam with a rectangular cross-section the
vertical force F90 is given by the well known equation:
h(1 )

F90 ( x) 



z 0

 ( x, z )  b  dz  V ( x) 

 V ( x)  1 3   2  2   3 

12

b  h3

h(1 )



z 0

h z
b z (  ) 
2 2

(3)
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where


h
hef

hef
h

height of the beam, in mm
effective depth of the beam, in mm

Figure 1: Determination of the resulting vertical force F90

In several standards (e.g. [11]) for the design of notched
beams the load taken by the reinforcements has to be
multiplied by an empirical factor 1.3. The interested
reader may find further details regarding the background
of this factor e.g. in [7] and [8]. EN 1995-1-1 specifies a
design method based on a fracture mechanics approach.
The given rules are valid for beams with restricted
conditions (hef/h ≥ 0.5, x/h ≤ 0.4) since the occurring
stress peaks are growing excessively. A summary with
the latest findings concerning the design of notched
beams can be found in [10].
3.1.3 Design of notched ripped plates in practise
To the knowledge of the authors for the design of
notched in ripped plates no explicit design methods
exist. For a roughly and quick design of these members
in practise Equ. (3) can be principally used . In addition
to the described method in section 3.1.2 it has to be
considered, that the center of gravity is not anymore in
the middle of the cross section, but depends on the layup and the used materials (e.g. glulam strength class and
lay-up of the plate). Due to shear deformations of the
plate in contrary to the constant width of the rectangular
cross section for ripped plates the effective width bef
varies along the length of the member due and has to be
considered adequately. A procedure for the
determination of the width bef is given in [12].

To overcome the limitations alternative design models
for ribbed plates should be used. Since the models
should also applicable in practise due to their robustness
and general known application beam models are
favoured. If a detailed design is necessary of course
different types of numerical investigations (e.g. linear or
non-linear FE-simulations) can be done anyway.
Compared to the present one a very similar situation
exists, when concrete beams with no sufficient loadcarrying capacity have to be reinforced by different
plates at the bottom of the RC-beam (e.g. CFK, steel,
etc.). For this topic extensive research work exists and
can be applied with some adaption to the current design
challenge.
In the following this paper refers to the work of
Abdelouahed [13], who presented an improved
interfacial stress analysis considering shear deformations
of the adherends based on the findings in the paper of
Smith and Teng [14] for reinforced concrete beams.
Their approach will be roughly characterised in the next
section. All further statement regard to a linear elastic
behaviour of both  the adherends and the glueline  and
are valid for simply supported beams. If the
consideration of a non-linear behaviour of the interface
is desired one may study the paper of e.g. de Laurenzis
[15] who proposed a cohesive zone model for the
interfacial stresses.
3.2.2 Abdelouahed's improved theoretical solution
for interfacial stresses
Abdelouahed [13] suggested a theoretical solution for
reinforced concrete beams considering the adherend
shear deformations assuming a linear shear stress
through the thickness of the adherends for simplification.
This is an important feature for the design of timber
members since the ratio between the MOE and the shear
modulus is high compared to other materials. The
resulting interfacial stress concentrations become
significantly smaller than those obtained by similar
models. A simply supported composite member and its
cross section "strengthened" with ribs is shown in Figure
2

3.2 ANALOGY TO DESIGN METHODS FOR
REINFORCED CONCRETE BEAMS
3.2.1 General preliminaries
When applying the design model mentioned in section
3.1 one may criticise, that the mentioned conditions for
the design can mostly not be fulfilled for ribbed plates.
These members are only effective, when a thin plate (for
CLT hCLT ≈ 100 to 150 mm) is used with rips (glulam;
w/h ≈ 100 to 160 mm/200 to 500 mm). Thus the factor 
is in practise > 0,5 in addition due to reasons of the
technical building systems x/h > 0,4. Further no explicit
prediction on the acting tensile stresses perpendicular to
grain is stated although from the point of fracture
mechanics the mixed failure modes 1 and 2 are evident.
Depending on different parameters the failure model 1 or
2 dominates the failures mechanism.

Figure 2: Simply supported composite beam composed with a
plate and rips (adapted from [13])

An infinitesimal section dx of a composite beam (ribbed
plate) and the acting forces on it are shown in Figure 3.
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K1

factor considering shear flexibility of the
adherends and the adhesive defined as
t
t
t 
K1  1  a  1  2 
G
G
G
1
2 
 a

The following general solution of this differential
equation is limited to loadings which either concentrated
or uniformly distributed over parts or the whole span of
the beam or both. The mentioned situations are the most
common in practise. Therefore the limitation is
acceptable.
For load where ( d 2VT ( x) / dx 2  0 ; see above) the general
solution for the shear stress in longitudinal direction
 ( x)  B1  cosh(  x)  B2  sinh(  x)  m1 V ( x)

(6)

with the coefficients
 ( y1  y2 )  ( y1  y2  ta )
1
1 



E1  I1  E2  I 2
E1  A1 E2  A2 


 2  K1  b2  

Figure 3: Forces in an infinitesimal element

m1 

K1 


y1  y2




 2  E1  I1  E2  I 2 

3.2.3 Shear stress distribution along the interface
For the infinitesimal element the equilibrium and
compatibility equations are formulated under the
assumption that the longitudinal displacements U1N (x,y)
and U2N (x,y) in the adherends 1 and 2 can be assumed
with the parabolic variation

B1 and B2 are constant coefficients which have to be
determined by the present boundary conditions

U1N ( x, y)  A1 ( x)  y 2  B1 ( x)  y  C1 ( x) and

stresses in the interface can be computed for the different
loading with

N
2

2

U ( x, y ')  A2 ( x)  y '  B2 ( x)  y ' C2 ( x)

(4)

Further the variation of the transverse displacements WiN
due to the longitudinal forces are neglected.
Details concerning the derivation the equations for the
shear stress distribution along the interface can be found
in [13]. At this point only the final result of the
governing differential equation for the shear stress is
shown in Equ. (4)
 (y  y )(y  y t )
1
1 
d 2 ( x)
 K1 b2  1 2 1 2 a 

  ( x) 
dx 2
E1I1  E2 I 2
E1 A1 E2 A2 

 y1  y2 
K1 
 VT ( x)  0
 E1I1  E2 I 2 

where
(x)
x
Ei I i
Ei A i
b2
Gi
Ea
ta
t1, y1
t2, y2
q
VT(x)

(5)

shear stress in the interface (glue-line);
distance from the end of the rip the beam;
flexural rigidity of the adherends;
longitudinal rigidity of the adherends;
width of the rib;
shear modulus of the adherends and the
adhesive;
elastic modulus and thickness of the adhesive;
thickness of the adhesive layer
thickness and distance of the center of gravity
of adherend 1 (from the bottom);
thickness and distance of the center of gravity
of adherend 2 (from the top);
uniformly distributed load;
vertical force at x;

With the denotation

m2  ( K1  y1) / ( E1  I1)

the shear

- Solution for uniformly distributed load
 x

 m2  a
 qe
  L  a   m1  


 2

L

m1  q    a  x 
for 0  x  L p
2



 ( x)  

(7)

- Solution for single point loads
for a  b ' :
 for 0  x  (b ' a ) :

 m2  F  a   1 b '   e    x  m1  F   1 b '  
 
L
L



  ( b '  a )





m
F
x
e
cosh(
)
 1
 ( x)  
 for (b ' a )  x  L p :
m  F a  b' 
F b '
 2
  1   e    x  m1 

L
L

 

 x
m1  F  sinh(  (b ' a))  e

(8)

for a  b ' and 0  x  L p :

 ( x) 

where
b'

m2  F  b '  a     x
b'
  1   e  m1  F 
L

 L

distance of the single point load from the
support
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- Solution for two point loads
for a  b '' :
 for 0  x  (b '' a ) :

 m2  F  a  e    x  m1  F  m1  F  cosh(  x)  e   (b '' a )
 

 ( x)  
Lp
:
 for (b '' a )  x 
2

 m2  F  a    x
 e  m1  F  sinh(  (b '' a))  e    x

 

t* 

(9)

where
b''

m2  F  b ''



 1
d 4 n ( x)
1 
 K n *  b2  

  n ( x) 
dx 4
E
I
E
2 I2 
 11
 y
K *
y  d ( x)
 q n  0
K n *  b2   1  2 
E
I
E
I
dx
E1 I1
2 2 
 11

 e  x

distance
support

of

the

point

loads

from

 n ( x)  Kn  w( x)  Kn   w2 ( x)  w1 ( x)

(10)

In the paper of Abdelouahed [13] the stiffness Kn is
deduced as
1 E
Kn 

   a
w( x) w( x) ta  ta  ta

 n ( x)

(11)

This can be interpreted as the mechanical description of
a linear spring and foundation modulus resp. Since the
stiffness of the adhesive is relatively high and the
thickness is approximately 0.3 to 1.0 mm the spring
modulus for timber members should be computed with
the following equation (not given in [13]):
Kn * 

(12)

1
ta
t1 *
t *

 2
E90;1 Ea E90;2

(13)

whereby the form function (z) is assumed to be
z 


Sinh  *  1   
t 


 ( z) 
Sinh( *)

e   x  C3  cos (   x)  C4  sin(   x)  
n1 



When integrating this function and relating it to the
thickness of the member a "penetration" depth ti* with a
constant strain rate can be estimated.
The parameter * describes the form of the function and
can be estimated by e.g. calibration via FEM and/or
tests. In this paper it was considered as * = 2.5.

(13)

4

K n *  b2  1
1 ;



E
I
E
4

 1 1
2  I2 

y1  E2  I 2  y2  E1  I1 ;
E1  I1  E2  I 2
E2  I 2
;
n2 
b2   E1  I1  E2  I 2 

n1 

C1, C2, C3 and C4 are constant coefficients which have to
be determined from the boundary conditions.
As a simplification for large value of x it is assumed that
the normal stresses are zero. As a result the part of the
strongly increasing e+x branch must vanish and the
constants C3 = C4 = 0.
This results in the general solution for the normal
stresses in the interface
 n ( x)  e   x  C1  cos (   x)  C2  sin(   x) 
n1 

d ( x)
 n2  q
dx

(14)

The interfacial normal stresses can be found by using
Equ. (14) using the constants C1 und C2 for all three
load cases with the appropriate boundary conditions to
C1 

(14)

d ( x)
 n2  q
dx

where

(12)

The "penetration" depth ti* can be calculated by the
Vlasov assumption as presented by Tanahashi [16]. The
indentation of a "foundation" can be calculated was
w( z )  w(0)   ( z)

 n ( x)  e    x  C1  cos (   x)  C2  sin(   x)  

the

normal stiffness of the adhesive per unit length
vertical displacement of adherend i (i=1,2)

 n ( x)

(15)

The general solution for this ordinary 4th order
differential equation is

3.2.4 Normal stress distribution in the interface
The approach for the determination of normal stresses in
the interface can be written as

where
Kn
wi(x)

 * Sinh(*)

Again the detailed of the necessary further steps can be
found in [13]. The resulting governing differential
equation for the stress normal to the interface is given by

for a  b '' and 0  x  L p :

 ( x) 

 Cosh(*)  1  t

Kn *
 V ( x  0)    M ( x  0) 
2   3  E1  I1


n3
n  d 4 ( x  0)
d 3 ( x  0) 
 ( x  0)  1 3  


3
4
2 
2    dx
dx3


C2  

Ea
n
d 3 (0)
 M (0)  1 2 
dx3
2    ta  E1  I1
2 
2

where
 y
y2  .
n3  K n *  b2   1 


E
I
E
2  I2 
 1 1

(15)
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differential equations (Equ. (5) and Equ. (12)) for the
present problem the mechanical behaviour of the system
can be studied.

The given equations for the computation of the shear and
normal stresses can be implemented e.g. in a
mathematical algebra system or a spreadsheet program.
Since an elastic behaviour is assumed the shear stresses
can be determined by linear superposition. Since all
functions of the stress distribution are given analytically
desired values can be determined by usual mathematical
operations (e.g. integration of the resulting forces).

- Shear stresses
From the structure of Equ (5) it can be seen, that it is an
ordinary differential equation of 2nd order. When
comparing Equ (5) with the equation for the description
for the mechanical description of elastic jointed
composites first published by Volkersen in 1953 [17]

3.2.5 Computation of the resulting tensile force at
the notch
With Equ. (14) the stresses normal to the interface can
be computed. Since the stresses have a pronounced peak
at the notch a reinforcement (e.g. self-tapping screw or
glued in rod) must be arranged in the vicinity of the
notch. The closer the reinforcement is placed to the end
of the rib the more effective it is. It also has be
considered that the end distance must be big enough to
avoid a withdrawal or shear failure of the fastener in the
rip. If the end distance is too big it comes into the zone
with compression stresses and loses its effectiveness and
enlarges the effective distance of the notch.
For the determination of the force, that has to be carried
by the reinforcement F90, the tensile stresses from the
end of the rib in the direction of the span has to be
integrated by applying mathematical methods. For the
computation a simple engineering model based on a
beam on elastic foundation can be used. This model is
shown in Figure 4.

d 2 ( x) Ga  1
1 
 b2 

  ( x)  0
dx2
ta  E1 A1 E2 A2 

(16)

This differential equations allows the determination of
the shear stresses in joints considering the longitudinal
stiffness of the adherends and the shear deformation in
the interface and is also the fundamental equation for the
design of bond joints. The further terms in Equ. (5) are
showing an inherent influence of the bending stiffness of
the adherends and have an equivalent structure as those
for the description for composite beams built-up with
different members (see e.g. [1], [2]).
- Normal interface stresses
Equ. (12) is an ordinary differential equation of 4 th order.
When comparing it with the equation of a beam on an
elastic foundation (Winkler beam, 1867 )
d 4 w( x)
q
 4   4  w( x) 
0
dx 4
EJ

(17)

an analogous structure of the equations is evident. The
mechanical loading of the rib can thus be interpreted as a
beam on an elastic foundation complement influenced by
the bending stiffness of the plate and the ribs.

2
2
2

This type of beam is characterised by a typical length
which indicates a strong decreasing nature of the
boundary disturbance and peak stresses at the end of the
beam resp. As a consequence the shear and normal
stresses at the interface will only deviate from that of the
composite beam in a very short distance. Within this
distance the curvature of the plate at the supports will be
transformed to the ordinary composite beam.
3.3 VERIFICATION OF THE MODEL

Figure 4: Engineering model for the determination of the
resulting tensile force in the reinforcement

The parameter for the determination can be used from
the previous sections while the stiffness Kscrew as well as
the withdrawal strength can be found in appropriate
technical approvals for screws or standards.
3.2.6 Intepratation of the governing differential
equations
It is an evident advantage of the development of
mechanical models by differential equations that the
influence of parameters can be studied through the
structure of the formulation. With the governing

3.3.1 Tests
In order to get a look into the behaviour of ribbed timber
composites and for the purpose of verifying the
mentioned design model and determine some appropriate
parameters in total six pre-tests have been tested. All
tests were conducted as simple supported beam with
equidistant 4-point-loading according to EN 408. The
span was l= 2.850 mm with loads in a distance of
b=950 mm from the supports and between them resp.
The distance of the notch at the ends of the ribs and the
support was in any case a=125 mm. For the tests 3layered plates (spruce) with a total height of 40 mm (1314-13 mm) were available. On some of the specimen
structural timber ribs (b/h=45/125 mm; GL24h accord.
to EN 14080) were glued by means of a polyurethane
adhesive (Henkel Purbond HB 110). For the optimisation
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of the members on some of the rips a 40 mm thick beech
LVL lamella (Pollmeier Baubuche) was bonded. Some
specimen were produced with two ribs (width w2= 800
mm; 200400200 mm) while some had only one rip
and a width of the plate w1=400 mm.

unreinforced specimen (B-1u-02) is depicted, which
failed at a level of approx. 30% compared to the
reinforced ones due to a tensile perpendicular to grain
failure at the notch.

Figure 6: Test configuration

Figure 5: Dimensions and used materials for the specimen

One pre-test (specimen B-1u-02) was conducted without
reinforce-ment. On all the other specimen a
reinforcement with a self-tapping screw (Würth Assy 3.0
Ø 8│160mm), which enabled the possibility to measure
the force in the screw, directly was applied at least at one
end (the other one was reinforced by the same screw
type but without measurement function). All
reinforcement screws were applied perpendicular to the
beam at a distance that varied. At the end it was found
that the reinforcement screw should be applied at a
minimum distance of 2.5d. During the tests the screws
were supported by steel plates (l/w/t = 100/100/15 mm)
at the top of the plate. Thus the load introduction into the
plate was done by contact stresses.Details concerning the
measurement screw can be found in [18]. An overview
of the test configuration is depicted in Figure 5, while a
summary with the denotations and parameter of the
specimen is given in Table 1.
Table 1: Denotation and parameter of the specimen

No.
1
2
3
4
5
6

Specimen
B-1u-02
B-2v-01
B-2v-02
B-2v-03
B-1v-01
B-2v-04

No. of
ribs
1
2
2
2
1
2

Rip

Reinforcement
screw
GL
no
GL
yes
GL
yes
GL
yes
GL/LVL
yes
GL/LVL
yes

Figure 7: Failure of the specimen without reinforcement due to
tensile stresses perp. to grain at the notch

Figure 8 illustrates the typical behaviour of a reinforced
specimen. After approx. 1/3 of the failure load a crack at
the notch was detected. The crack opening was stopped
by the reinforcement screw and was stable until the
failure load was reached. In general the bending strength
of the rib was decisive for the failure, so that on the
specimen no. 5 and 6 in Table 2 a LVL lamella was
glued on the bottom of the rips. For these specimens a
failure in shear was observed.

crack

reinforcement
screw

Abbreviation: GL...glulam, LVL...laminated veneer lumber

All tests were carried out with the universal testing
machine lignum_Zwick_uni_275 at the lignum test
center at Graz University of Technology. During the
tests the total load and the displacement of the testing
machine, as well as the local deformation for the
determination of the MOE, and the forces in the
measurements screws were recorded. In Figure 7 the

Figure 8: Development of a stable crack in a reinforcement
specimen
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3.3.2 Test results
In Table 2 the maximum force per notch was computed
under the assumption that the maximum force recorded
during the tests can be divided by the number of notches
of the tested beam. The bending strength was computed
in the middle of the beam while the shear stresses were
calculated at the notch. Both stresses were analysed
under the assumption of the validity of the simple beam
theory (SBT based on an Euler-Bernoulli-beam) which is
of course in the given context only informative. Further
the relevant failure mode is mentioned in Table 2.
Table 2: Test results of the composite beam
(simple beam theory)

max m

max 

Failure

3.57

13.7

0,70

12.4
10.5
8.83
10.9
12.4

47.6
40.3
33.9
42.6
48.5

2.43
2.06
1.73
2.06
2.34

Tension perp.
to grain
Shear
Bending
Bending
Shear (screw)
Shear

# Specimen

max F
per
notch

1 B-1u-02
2
3
4
5
6

[N/mm²] [N/mm²]

[kN]

B-2v-01
B-2v-02
B-2v-03
B-1v-011)
B-2v-041)

Abbreviations:
max m, max  ... bending stress and shear stress according to the
simple beam theory;
1)
with LVL lamella on the bottom of the rib

Table 4 lists the computed shear stresses at the interface
(glue-line) according to the simple beam theory and the
model (Equ. (5)) at the notch, as well as the resulting
tensile force along the tensile stressed section at the end
of the notch. F90,MS is the force recorded by the
measurement screw, F90,Model denotes the force according
to Equ. (14) and F90,FEM is the force computed with the
software package DLUBAL RFEM 5.0 (2D-analysis)
which is based on an elastic material behaviour
considering shear flexibility. The applied material
parameters are given in Table 3. The results from the
FEM analyses for shear stresses were ignored since
pronounced stress peak due to the singularity at the
notch occured which are not realistic.

Table 4: Test results-stresses at the notch and reinforcement
forces

#
1
2
3
4
5
6

SpeciModel
IF
[N/mm²] [N/mm²]
men
B-1u-02 0.69
1.20
B-2v-01 2.39
4.17
B-2v-02 2.02
3.53
B-2v-03 1.70
2.97
B-1v-01 2.00
3.11
B-2v-04 2.28
3.53

F90,MS F90,Model
[kN]

[kN]


11.7
10.5
6.01
8.28
11.1

3.58
12.4
10.5
8.86
9.56
10.9

F90,FEM
[kN]

3.88
13.5
11.4
9.60
12.8
14.5

Abbreviations:
IF ...
(max.) shear stress in the interface (according to the simple
beam theory)
Model ... (max.) shear stress acc. to Equ. (9) at the notch
(with bef = 292 mm)
F90,MS ... tensile force perp. to grain in the measurement screw
F90,Model ... tensile force perp. to grain acc. to Equ. (14) (integration)
F90,FEM ... tensile force perp. to grain with a linear elastic FEM (RFEM)

3.3.3 Interpretation of the test results
- Shear stresses
When having a look on the results in Table 4 it is
evident, that the shear stresses computed by applying the
simple beam theory differ significantly compared with
those from the discussed mechanical model
(Equ. 9). It was already mentioned that with the model it
is not possible to describe the local effects in the vicinity
of the notch. More confidence than on the SBT can be
given to the results of Equ. 9 which are compared with
the results of an elastic FEM analysis. Although the
model is not able to predict the pronounced peak at the
notch from the FEM analysis it shows a realistic
behaviour there. Since peaks will be significantly
reduced, e.g. in an elastic-plastic FEM material model it
can be concluded that the model will lead to a realistic
stress level. The analysis was prepared with the effective
width bef in the middle of the beam. The shear stress
considering the effective width at the notch is shown as
dashed line in Figure 9.
Nevertheless the stress peaks at the notch indicate high
shear stresses with a strong decreasing tendency. Due to
the high shear stress level (in combination with high
tensile stresses perp. to the interface) a crack at the notch
will occur (and was also observed during the pre-tests
(Figure 8) which has to be stopped by the reinforcement.

Table 3: applied material parameters for the FEM analysis

Member
t [mm]
w[mm]
Ex [N/mm²]
Ey [N/mm²]
G0 [N/mm²]
Gr [N/mm²]

plate
adhesive
rip
40
0.3
125/85
(13-141)-13)
292
45
45
11400
3700
11400
300
300

650
1320
650
65



LVL
40
45
16800
470
850


Remark:
1)
the MOE's (Ex and Ey) were changes due the different orientation of
the layer.
2)
for the assembled plate in the model a shear modulus of
G1 = 90 N/mm² was taken into account

Figure 9: Comparison of the shear stresses in the composite
beam (notch at x=0) due to a force F = 10 kN
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As mentioned earlier the stress disturbance at the notch
disappears at a small distance (of about 500 mm for the
test configuration) from its end, but depends of course on
the dimensions and material parameters. From the
analysis of beams on elastic foundations it is known that
the disturbances at the loaded ends vanish at a
characteristic length l0 ≈ 4/ with  acc. to Equ. (13). For
the configuration with the results in Figure 9 and Figure
10 the value for  = 8.0826 thus the characteristic length
is l0 ≈ 4/8.0826 = 0.495 m (dotted line in Figure 9) which
is in good accordance to the shown curves.
- Tensile force at the notch
In Figure 10 the normal stresses in the interface (glueline) is shown. Again in the FEM analysis a distinctive
peak can be recognised, while from the discussed model
the normal stresses at the notch is less pronounced.

Figure 10: Comparison of the tensile stresses at the notch
(x = 0) due to a force F = 10 kN

Conforming to the behaviour of a beam on an elastic
foundation the stresses decrease rapidly from tensile to
compression stresses within a distance of only 100 mm
to 150 mm and vanish more or less after one period
(about 500 mm; in Figure 10 as dotted line) for the test
configuration. It can be interpreted, that the rib at the
notch has the tendency to detach itself from the plate and
is supported by the plate in the later mentioned section.
Therefore it must be reinforced in any case to achieve an
effective structural member. The stress distribution at the
vicinity of the notch has an important influence on the
location of the reinforcement screws since it is obvious
that they have to be arranged in the tensile stress zone.
Within the tests the screws were located at different end
distances from the notch. During the tests it was found,
that an optimum for the end distance could be reached at
a minimum distance of 2.5d. If this distance is not
maintained the screw will fail in shear (see B-1v-01) or
is withdrawn from the rip. In this context it has to be
mentioned, that the withdrawal capacity of the notch in
ribbed plates is usually limited by the thickness of the
plate.
When applying Equ. (3) to the test configuration and
neglecting the factor 1.3 as well as the affiliated
restrictions a multiplication factor of 0.778 times the
vertical force has to be considered for the force that has
to be taken by the reinforcement. The same factor for the
discussed model can be computed as a mean value of

1.00 for the GLT ribs and 1.14 for the GLT/LVL ribs
while the factor for the results of the FEM analysis is
determined to 1.09 and 1.17 resp. This factor is of course
depending on the geometric measurements and the
material parameter. The tested configuration is a slender
one and the notches have a big distance (x = 0.76  h) to
the supports. It could be shown in non reported tests that
the tensile force can fall below the factor given by the
simple beam theory.
3.4 SUPPLEMENTARY REMARKS
Regarding an improved analysis of the discussed model
it has to be mentioned, that the computations in section
3.3 have been conducted with the effective width bef in
the middle of the composite beam according to [12]. It is
obvious that with the decreased width above local load
introduction, as well as supports, the ribbed plate will
become weaker and the deflections will increase and
thus the stresses decrease. On the other hand in particular
the shear stresses above the supports will increase due to
the smaller effective width there. While the normal
stresses can be computed well with bef in the middle of
the beam, the shear stresses should be computed with bef
above the supports to get realistic values (dashed line in
Figure 9).
The mentioned facts are neglected in the present
comparison. It can be shown by an elastic-plastic or
more sophisticated FEM-modeling analysis that the
pronounced stress peaks at the notch will decrease and it
can be expected, that at the end the difference between
the discussed model and the FEM analysis will fulfil a
sufficient precision level for the application in practise.
Further it has to be remarked, that the stresses were
computed applying mean stiffness values. For the
application different combinations of these values in
particular the high quantile values have to be
investigated since they lead to higher stress peaks for the
shear and normal (tensile) stresses in the interface.
As it could be concluded from the tests the occurring
tensile stresses at the notches can be mastered by the
reinforcement in average while shear stress peaks
dominate the design at the end. This fact is in accordance
with the findings in [10].
Since the influenced zone at the notch is limited to the
characteristic length l0 of the beam on elastic foundation
for simplification in practise the utilisation of a
cantilever model (Figure 4) can be proposed. If the
correct foundation modulus is defined and the
appropriate stresses and internal forces are applied on
this simple engineering model an excellent correlation
with the results from the 2D-FEM analysis can be found.
By means of a detailed 2D-FEM analysis it could be
shown that the zone with an unregular stress state can be
localised in a distance equal to the heigth of the rib
which is in accordance with St. Venants principle.
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CONCLUSIONS

In this paper a contribution for the design of ribbed
plates is given. These structural members are an
effective and economic possibility to span ceilings with
spans longer than 6 m and can be produced by bonding
e.g. of CLT-plates with glulam ribs or other engineered
wood products by means of adhesives and
reinforcements at the notches. In practise usually the ribs
end before the supports which enables advantages in the
construction and design of this structural members. For
the design of ribbed plates the application of rips builtup with a stronger and stiffer material at the bottom is
recommended (asymmetric glulam beam) to achieve
effective solutions. If the ribs end before the supporting
load-carrying walls a special focus should be given into
the design of the notches there. It is evident that they
have to be reinforced e.g. by self-tapping screws or
glued in rods. In this contribution a design model based
on an analogy from a reinforcement design method for
concrete beams is presented based on the research in
[13]. With this mechanical model based on elastic
material behaviour it is possible to compute the stresses
at the notch with a sufficient accuracy. Although a
further refinement of the model for verification purposes
has to be prepared in the future it could be shown in pretests that the model allows a good estimation of the
stresses in design practise if one considers that the
present model is based on a beam approach. Obviously,
if a more precise design of the notch is desired a FEM
analysis considering higher material models and 3Danalysis can be conducted.
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FE MODELLING OF NOTCHED CONNECTIONS
FOR TIMBER-CONCRETE COMPOSITE STRUCTURES
Chiara Bedon1, Massimo Fragiacomo2
ABSTRACT: Notched connections are extensively used in timber-concrete (TC) composite beams and floors. Their
main advantage is a significantly higher shear strength and stiffness compared to mechanical fasteners. Several
mechanical and geometrical aspects, however, should be properly taken into account for design optimization of notched
connections, as they strongly affect their structural performance and the corresponding failure mechanisms. In this
paper, a preliminary Finite-Element (FE) numerical investigation is carried out by means of full 3D numerical models.
The mechanical behaviour of each connection component (e.g. the reinforced concrete topping, the steel coach screw,
the timber beam) is properly implemented. Shear or crushing failure mechanisms in the concrete, possible plasticization
of the coach screw, as well as longitudinal shear or tension perpendicular to the grain failure mechanisms in the timber
beam are taken into account using cohesive elements, damage material constitutive laws and appropriate surface-tosurface interactions. The results of parametric FE studies are compared to experimental data derived from literature, as
well as to the results of simplified analytical models, demonstrating that the FE model is capable to capture the
experimental behaviour of the connection including the failure mechanisms.
KEYWORDS: timber-concrete composite beams, shear connections, Finite-Element models, experimental tests,
simplified analytical models, FE parametric study, cohesive elements, surface-to-surface interactions

1 INTRODUCTION12
Notched connections are frequently used in practice to
transfer shear in timber-concrete composite floors.
Several studies have been carried out over the last years
(e.g. [1-8]). The concrete slab is connected to the
supporting timber joists by cutting notches in the timber
with specific geometrical properties, filling this notch
with the concrete of the topping, and using additional
mechanical fasteners (see for example Figure 1). As a
result, the structural performance of the composite
assembly is optimized as far as the notched connections
are able to provide appropriate stiffness and shear
resistance at ultimate limit state. The structural
behaviour of these notched connections, however, is
markedly affected by several aspects, including the
typical mechanical behaviour of the base materials, and
some geometrical properties. Advanced numerical
studies – often rather complex and computationally
expensive – are thus frequently required for an
appropriate assessment of their expected performance as
an alternative to more expensive experimental tests.
In this paper, the results of a preliminary numerical
investigation carried out by means of refined FiniteElement models are presented (ABAQUS [9]). The
typical FE model consists of full 3D solid elements
capable to reproduce the physical geometry of the
examined notched connections. A key issue is the proper
1
2

University of Trieste, Italy, bedon@dicar.units.it
University of L’Aquila, massimo.fragiacomo@univaq.it

calibration of the surface-to-surface mechanical
interactions introduced at the interface between the
components of each connection, as well as the choice of
appropriate material constitutive behaviours and damage
models.

Figure 1: Example of timber-concrete composite (TCC) floor,
in accordance with [1, 2].

The validation of the proposed FE model is carried out
towards experimental push-out tests performed on small
blocks made of Laminated Veneer Lumber (LVL) with
concrete topping and notched connections [1].
Geometrical variations including the shape and size of
the notch, the use or not of a coach screw, its diameter
and the embedment length into the timber are analysed.
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The purpose of this FE study is to identify the
parameters affecting the mechanical properties (shear
stiffness and strength) as well as the potentialities of the
implemented FE model. It is expected that the current
study could be further extended and lead to the
implementation of technical provisions for the optimized
design of connection details and large scale timberconcrete composite structures.

2 PAST EXPERIMENTAL WORKS
The exploratory FE investigation was carried out on
some selected configurations of composite joints. In
doing so, the push-out experimental predictions available
in literature were considered.
2.1 TEST METHODS AND GEOMETRICAL
CONFIGURATIONS
Short-term push-out experimental tests were carried out
at the University of Canterbury [1], in accordance with
the recommendations of the EN 26891 [10].
In the typical experiment, a monotonic shear load F, was
increased to the specimen failure, while the
corresponding slip was monitored at four different
locations (two on each side, see Figure 2).
The short-term push-out tests were carried out on 15
different types of composite connections (30 specimens).
The major differences between the tested specimens
were the size and shape of the notch (rectangular,
dovetail, triangular), the size and length of the coach
screw, the penetration length of the screw into the LVL
beam and the distance of the notch from the end of the
LVL beam.
At the current stage of this ongoing FE investigation,
only the specimens with rectangular shaped notches
were analysed (see Table 1). As a reference case, the
B01 connection was also considered, being characterized
by a rectangular shaped notch like the other specimens,
but without the steel coach screw.

Table 1: Reference geometrical properties for some selected
configurations of notched connections (with b= 63mm the
notch width for all the TC connections), in accordance with
[1].

Model
#
A01
A02
B01
C01
C02
F01

Coach screw
L
D

[mm] [mm] [mm]
16
200
100
16
200
100
No screw
12
200
100
16
260
160
16
200
100

d
[mm]
150
50
150
150
150
150

Notch
L
h
[mm] [mm]
50
300
50
300
50
300
50
300
50
300
50
200

Figure 3: Reference longitudinal cross-section for a typical
notched connection. Nominal dimensions in millimetres.

2.2 MATERIALS
The typical push-out specimen (see Figure 3) consisted
of a LVL beam, a plywood sheet, a steel coach screw
and a concrete block.
LVL made from Truform recipe was supplied by Carter
Holt Harvey Ltd (CHH) in 400×63 mm sections (depth ×
width). In accordance with [1], the main mechanical
properties are listed in Table 2.
Table 2: Truform LVL mechanical properties [1].

Property
Modulus of Elasticity (MOE)
Shear modulus
Bending strength
Tension || to grain
Compression || to grain
Compression ┴ to grain
Shear

Figure 2: Push-out experimental setup for the investigated
notched connections, as taken from [1]. Nominal dimensions in
millimetres.

Symbol
ELVL
GLVL
fb
ft
fc
fp
fs

[MPa]
10,700
660
48
33
45
12
5.3

A 17mm thick plywood, Grade F8 Ecoply, was then
used as a permanent formwork for all the specimens
[11]. Stainless steel coach screws provided by Blacks
Fasteners, with 200mm length for most of the tested
connections (see Figure 4), were used [12].
A normal weight concrete was employed for all the
specimens [1], with 42.7MPa the experimentally
measured compressive strength (28 days), Ec= 29.1GPa
the elastic modulus and c= 0.2 the Poisson ratio.
The rebar, finally, consisted of high tensile steel, 10mm
diameter, spaced at 200mm centres on both ways.
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Figure 4: Typical steel coach screws for the tested
connections, as taken from [1].

3 FINITE-ELEMENT NUMERICAL
INVESTIGATION
The parametric numerical investigation was carried out
on the push-out specimens listed in Table 1 by using the
Finite Element software package ABAQUS [9].
Non-linear static incremental simulations were
performed, so that the loading protocol could be properly
reproduced. Due to symmetry, only half specimen was
modelled, under appropriate loading and boundary
conditions. An example of the typical FE model is
shown in Figure 5.

Figure 5: Typical FE model of push-out specimen with notched
connection: full FE model representative of half experimental
specimen (box detail) and longitudinal cross-section (ABAQUS
[9]).

3.1 MODEL ASSEMBLY AND INTERACTIONS
Full 3D solid models were implemented, consisting of 8node brick elements for the timber, steel and concrete
components of each specimen (C3D8 type available in
the ABAQUS library).
Based on the available technical data for the
experimental specimens investigated in [1], the nominal
geometry of each component was properly described. In
the case of the steel coach screw only, a simplified
cylindrical shape (with , L, D provided in Table 1)
was considered. The head of the coach screw, as well as
the threads, were not modelled (see Figure 4).

The concrete reinforcement was also taken into account,
using beam elements (B31 type) with nominal crosssectional properties (r= 10mm in diameter). The
“embedded” constraint was used, so that the steel rebar
could be considered fully collaborating with the concrete
block.
In order to properly simulate the shear behaviour of the
examined connections, careful consideration was then
given to the mechanical interactions at the interface
between each FE component. Specifically, surface-tosurface contact pairs were defined at the interface
between:
(i). the LVL beam and the plywood panel (2
interactions),
(ii). the concrete notch and the LVL beam (3 int.),
(iii).the concrete block (notch region) and the
plywood panel (1 int.),
(iv). the coach screw and the concrete block.
For all these interactions, both the normal and tangential
mechanical behaviours available in the ABAQUS library
were implemented and properly calibrated. The normal
behaviour was used to describe any possible interaction
in the direction perpendicular to the surfaces in contact
(e.g. compressive / tensile pressures). The “hard
contact” option - with possible detachment of the
surfaces after contact - was considered (i.e. null
resistance towards possible tensile pressures).
The tangential behaviour, at the same time, was defined
in order to specify any possible interaction along two
surfaces in contact (relative sliding). The “penalty”
approach was used, with  signifying the static friction
coefficient assumed equal to 0.3. For the coach screw-toconcrete contact interaction only (iv), a friction
coefficient of 0.7 was used, in order to consider the
possible interaction between the coach screw head and
the adjacent concrete. This friction coefficient value was
chosen based on preliminary FE simulations, i.e. by
iterative calibration, and assumed as the friction value
able to describe an almost rigid connection.
An additional surface-to-surface constraint (v) was
finally assigned at the interface between the steel coach
screw and the LVL beam. In this latter case, a fully rigid
connection was assumed (“tie” option), hence possible
relative displacements and rotations at the interface were
fully neglected.
3.2 COHESIVE LAYER LOCATION, MESHING
AND MECHANICAL CALIBRATION
A key role was assigned to a cohesive layer,
implemented in the FE model, able to take into account
the occurrence of possible failure mechanisms in the
LVL beam, i.e. due to longitudinal shear or fracture in
tension perpendicular to the grain.
The main advantage of these interface elements is the
accurate simulation of crack initiation and propagation.
The mechanical behaviour is governed by a tractionseparation curve, which relates element traction (stress)
to mode I (opening) and mode II (shearing)
displacement. An accurate calibration of the input
parameters, however, is mandatory for realistic FE
predictions. In this FE study, the mechanical assessment
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of the cohesive elements was carried out on the base of
some recent literature contributions, i.e. [13].
The damage initiation in the cohesive layer was defined
based on a traction-separation governing law and
occurring once the tensile or the shear stress in the layer,
whichever occurs first, exceeds the corresponding
maximum values. Denoting with n, t and s the
stresses in the n, t, s main directions (with n signifying
the tensile stress), and Nmax, Tmax, Smax their relative
strengths, the damage initiation is defined as:

 

 
Max  n , t , s   1 .
 N max Tmax S max 

(1)

For the damage evolution in the cohesive layer, the
energy-based approach was preferred to the
displacement-based one, due to the lack of appropriate
input parameters for the latter case.
In accordance with [13], the mixed mode fracture
criterion was used, that is:
m

n

 GI   GII 
  1.
   
G
G
 Ic   IIc 

(2)

In Eq.(2), GI and GII represent the fracture energies for
mode I and II respectively, while GIc and GIIc are their
critical energy release rate values. The parameters m and
n, finally, were set to 0.5 and 1 [13, 14, 15]. The material
properties for the cohesive layer are listed in Table 3.
Table 3: Mechanical properties of the cohesive layer,
according to [13].

Property
MOE ┴ to grain [MPa]
Damage initiation
Tension strength [MPa]
Shear strength [MPa]
Damage evolution
Fracture energy – Mode I [N/mm]
Fracture energy – Mode II [N/mm]

Value
485
2
6.2
0.7
1.2

3.3 MATERIALS
The mechanical properties of the materials (LVL, steel,
concrete and plywood) were derived from experimental
tests carried out on small components [1], as well as on
technical data available in literature.
3.3.1 Concrete
For concrete, the “concrete damaged plasticity”
mechanical model was used, so that the compressive and
tensile behaviours could be properly reproduced. The
tensile and compressive constitutive laws were
calculated, based on the experimental values [1], by
means of the relationships provided by [16].
3.3.2 LVL and plywood
The mechanical performance of the timber components
was described in a simplified way.
In order to properly take into account the occurrence of
possible damage mechanisms in the LVL beam (i.e. due

to crushing in the direction parallel to the grain), an
idealized elastoplastic constitutive law was taken into
account. Due to the specific loading and boundary
conditions of the push-out FE models, a yielding / failure
stress of 42.7MPa was considered, being this value
representative of the nominal compressive strength in the
direction perpendicular to the grain (see Table 1), and
MOE ELVL= 10.7GPa.
For plywood, a further ideal elastic material with MOE
Ep= 11GPa (see Section 2.2) was used. In this case, any
possible damage (i.e. due to crushing in the proximity of
the notch) was fully disregarded, based on a preliminary
comparative FE study.
3.3.3 Steel
Two constitutive laws were separately defined for the
steel making the coach screw and the concrete rebar,
respectively. In the first case, a Von Mises plasticity
model was used, with fy,s= fu,s= 400MPa the nominal
yielding/ultimate stresses [12], Es,s= 210GPa the elastic
modulus and s,s= 0.3 the Poisson ratio.
For the concrete reinforcement, a reference value fy,r=
fu,r= 275MPa was considered, with Es,r= 210GPa and
s,r= 0.3.
3.4 MESH, BOUNDARIES AND LOADING
For all the 3D solid components of the typical FE model,
a free meshing technique was used, so that the mesh size
and number of elements could be properly optimized.
A total number of ≈15,000 elements (≈60,000 Degrees
Of Freedom) was used for the typical FE model, with a
size of the brick elements generally in the range between
3mm (i.e. in the proximity of the coach screw) and
18mm.
Boundary conditions were assigned at the base of the
concrete block (i.e. simply supports) and at the
symmetry plane of the LVL beam (i.e. to ensure the
appropriate symmetry condition). The shear loads F
were then described in the form of a uniformly
distributed pressure applied on the top of the LVL beam,
and monotonically increased up to the collapse of the
specimen.

4 VALIDATION AND DISCUSSION OF
FE RESULTS
Based on the available experimental results for the
selected specimens (Table 1), as well as simplified
analytical models [2], the assessment of FE predictions
was first carried out in terms of collapse shear load (see
Section 4.1).
A critical discussion of comparative results is then
proposed in Section 4.2, in terms of serviceability and
ultimate secant stiffness for the same connections, while
the typical numerically predicted failure mechanisms for
each of the investigated specimens is discussed in
Section 4.3.
4.1 Collapse shear load Fshear
For a given specimen subjected to a push-out test
procedure, the collapse shear load is commonly defined
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as the largest value of shear force monitored during the
experiment itself, for slip amplitudes not exceeding the
limit value of 15mm [10].
The same definition was considered also in the FE
exploratory investigation, where the applied shear loads
F were monotonically increased up to failure of each
model. Based on the numerically predicted shear loadslip relationships, the collapse load Fshear was selected as
the maximum force carried out by each specimen. An
example of numerical and experimental shear load –
relative slip relationship is proposed in Figure 6, for the
connection C01.

b)

Fc,crush denotes the nominal compressive strength of
concrete in the crushing zone:

Fc,crush  f c'  Ac

(5)

with Ac= b×h representing the effective area of the
crushing zone.

(a)

(b)

Figure 6: Example of experimental [1] and numerical
(ABAQUS [9]) load –slip comparison for the connection C01.

The so obtained FE values are then listed in Table 4 for
half the specimens, together with the corresponding
experimental results as well as the analytical predictions
for Fshear, calculated in accordance with [2].
In [2], the design formulas are provided for the
estimation of the collapse shear load associated to the
weakest among the possible failure mechanisms of the
connection, i.e. (a) the shear failure of the concrete
notch, (b) the compressive failure of the concrete notch,
(c) the shear failure of the LVL beam (in the longitudinal
direction); or (d) any possible crushing mechanism of the
LVL beam in the direction parallel to the grain, at the
interface with the concrete corbel (see Figure 7). The
minimum among the following shear failure loads was
thus considered as the failure load:

(c)

(d)
Figure 7: Failure mechanisms for notched connections,
according to [2].

c)

Fshear  minFc,shear, Fc,crush, FLVL,shear, FLVL,crush ,

and listed in Table 4.
In Eq.(3), in particular:
a)

Fc ,shear

(3)

represents the nominal shear strength of

the concrete notch:

Fc,shear  0.2  f c'  b  d  ns  k1  p  Qk ,
’

(4)

where f c signifies the compressive strength of concrete;
b and d denote the breadth and depth of the notch
respectively; ns signifies the number of coach screws; k1
represents the modification factor for time loading in
timber; p denotes the depth of penetration of the coach
screw and Qw its characteristic withdrawal strength.

FLVL,shear

signifies the nominal longitudinal shear

strength of the LVL beam, between two consecutive
notches or between the last notch and the end of the
beam:

FLVL, shear  k1  k 4  k5  f s  L  b

(6)

In Eq.(6), k1 denotes the modification factor for load
duration; k4 and k5 represent the modification factors for
load sharing; fs signifies the LVL characteristic shear
stress, while L and b represent the shear effective length
and the breadth of the LVL beam.
d)

FLVL,crush ,

finally, represents the compressive

strength of the LVL beam at the crushing zone:

FLVL,crush  k1  f c'  h  b
’

(7)

where f c signifies the LVL characteristic compressive
strength and h represents the depth of the notch.
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An additional comparison between the so obtained
experimental, numerical and analytical collapse loads is
also proposed in non-dimensional form in Figure 6,
where:

RF 

Fshear i
Fshear FE

(8)

and i denotes respectively the experimental or the
analytical (Eq.(3)) prediction, for a given connection.
Table 4: Collapse shear load Fshear for the tested composite
connections, as obtained from the push-out experiments [1],
analytical models (Eq.(3)) and FE models (ABAQUS [9]).

Model #
A01
A02
B01
C01
C02
F01

Collapse shear load Fshear [kN]
Experimental Analytical
FE
(Eq.(3))
73.0
68.5
62.5
46.0
49.1
44.3
48.3
56.7
52.4
66.0
66.3
70.2
84.2
87.8
79.2
74.4
68.5
75.8

The so obtained data are proposed in Table 5 and Figure
9, in non-dimensional form, with RK the shear stiffness
ratio calculated in accordance with Eq.(8).
Despite the rather close agreement between the
experimental and FE shear load values at collapse, a
higher scatter was found in terms of shear stiffnesses, for
the same specimens. A very poor correspondence was
noticed especially for the F01 specimen, where the FE
model exhibited a marked flexibility, compared to the
experiment. This poor correlation was justified by the
specific failure mechanism of this specimen (see Section
4.3).
Table 5: Serviceability Ks,0.4 and ultimate Ks,0.6 secant
stiffnesses for the tested composite connections, as obtained
from the push-out experiments [1] and the corresponding FE
models (ABAQUS [9])

Model #
A01
A02
B01
C01
C02
F01

Exp.
80.2
38.2
104.7
77.9
211.2
92.7

Secant stiffness [kN/mm]
Ks,0.4
Ks,0.6
FE
Exp.
FE
143.2
75.4
117.4
15.2
34.5
10.4
191.4
59.3
170.6
75.6
74.5
46.2
147.4
145.0
142.4
25.2
91.1
10.2

Figure 8: Collapse shear load ratio RF (Eq. (8)) for the tested
composite connections.

As shown in Table 4 and Figure 8, a fairly good
correlation was generally found between the
experimental/analytical failure loads Fshear and the
corresponding FE values.
In the case of the connections A01 and C02, a larger
discrepancy was found between the test predictions and
the corresponding FE models. In these cases, the FE
simulation aborted due to excessive distortion at the
coach screw-to-concrete interface, hence before the
connections could have fully exploited their shear
strength capacities.
4.2 Serviceability and ultimate secant stiffnesses
A further assessment of the FE estimations was carried
out by taking into account the secant stiffness of the
examined connections. The KS,0.4 and KS,0.6 stiffness
values were considered, as obtained at the 40% and 60%
of the collapse shear loads Fshear provided in Section 4.1.

Figure 9: Secant stiffness ratio RK for the tested composite
connections.

4.3 Failure mechanisms
4.3.1 Collapse configuration
A final assessment of the proposed FE models was
carried out in terms of qualitative failure mechanisms for
the investigated connections.
Throughout the reference experimental programme [1],
the failure mechanism for most of the selected push-out
specimens was mainly governed by the shear collapse of
the concrete notch (see for example Figure 10).
In terms of FE simulations, an almost comparable
behaviour was generally noticed for the tested FE
connections, in terms of damage propagation and
collapse mechanism. In the case of the B01 connection
only – due to the lack of the steel coach screw – the
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collapse mechanism was governed by damage in the
concrete topping only. Compared to the B01 connection,
all the specimens with steel coach screw demonstrated a
high ductility ratio, due to the screws themselves.

(a)

(b)

(a) 0.05 Fshear

Figure 10: Typical failure configuration for the selected pushout specimens, as experimentally observed for the selected
connections. (a) front view and (b) detail [1].

Figure 11 displays the evolution of compressive damage
in the concrete topping and notch for the connection
A02, with Fshear= 44.3kN the ultimate shear load. As
shown, the damage propagation in concrete initiates as
far as limited shear loads are applied to the examined
specimen (e.g. Figure 11(a)). At the attainment of the
collapse shear load Fshear (Figure 12), moderate
maximum stresses were still found in the steel coach
screw, i.e. in the order of ≈300MPa (Figures 12(a) and
(b)). For the connection F01 only, yielding of the screw
was noticed. In terms of maximum principal stresses in
the LVL beam (Figure 13), it can be noticed that local
peaks were found in the proximity of the coach screw as
well as close to the cohesive elements, hence confirming
the importance of the implementation of this cohesive
layer in the FE models.
4.3.2 Damage propagation
Compared to the experiments, the advantage of the
implemented FE models is that the damage propagation
in each connection component can be monitored and
quantified throughout the full loading procedure.
In order to explore more in detail the failure mechanism
for the examined FE models, the occurrence of any
possible damage in all the main components was
properly assessed. Table 7 summarizes the damage type
observed in each of the selected connection
configurations. The level of damage of each component
is quantified (based on accurate observation of the
obtained FE deformations and corresponding stresses) as
null (-), slight (x), medium (xx) or severe (xxx).
As shown, although concrete damage was found to be
the major collapse mechanism in most of the FE models,
differences were observed among the examined
connections depending on their geometrical properties.

(b) 0.25 Fshear

(c) 0.50 Fshear
Figure 10: Compressive damage propagation in the concrete
topping and notch for the connection A02, at various shear
loading ratios (ABAQUS [9]).
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(a) 0.05 Fshear

(b) 0.50 Fshear

(c) Fshear

Figure 12: Distribution of maximum principal stresses in the
LVL beam, for the connection A02 (ABAQUS [9]), longitudinal
cross-section (detail).

(a)

(b)

In general, no yielding was observed in the coach
screws, with the exception of the connection F01. The
maximum compressive stresses in the LVL beam
(crushing area), at the same time, were found to be
markedly lower than the assigned resistance value.
In most of the cases, however, partial or marked
propagation of shear damage in the same LVL beam was
observed (cohesive layer).
In the case of the A02 connection, only slight opening of
cracks was found. For the connection F01, on the other
hand, a clear propagation of shear cracks in the cohesive
layer was noticed, see Figure 13.

Table 7: Damage observed in the examined FE models at the
attainment of the collapse shear load Fshear (ABAQUS [9]).
Key: -, x, xx, xxx denoting null, slight, medium or severe
damage. Type of damage: (1) concrete; (2) LVL (crushing);
(3) LVL shear (cohesive layer); (4) LVL crushing in the region
of contact with the coach screw; (5) coach screw (yielding,
yes/no).

Model
#
A01
A02
B01
C01
C02
F01

(c)
Figure 11: Failure mechanism for the connection A02 (Fshear=
44.3kN). (a) Compressive damage in the concrete topping and
notch and (b) Von Mises stresses (values in Pascal), with (c)
the corresponding longitudinal cross-section (ABAQUS [9]).

(1)
xxx
xxx
xxx
xxx
xxx
xxx

Observed damage at Fshear
(2)
(3)
(4)
-

x
xx
x
x
x
xxx

(5)

x
No coach screw
yes

In this context, the examined FE models highlighted that
the implementation of advanced mechanical constitutive
laws is mandatory for an appropriate analysis of timberconcrete composite structures.
At this stage, additional investigations and calibrations
are still required. It is expected that the current FE study
could be significantly extended and provide a robust
insight into the structural performance of timberconcrete connections and beams.
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(a)

(b)

Figure 13: Failure configuration for the connection F01
(ABAQUS [9]), longitudinal cross-section with concrete
hidden, (a) deformed shape and (b) distribution of maximum
principal stresses.

5 SUMMARY AND CONCLUSIONS
In this paper, the structural performance of notched
connections for timber-concrete composite beams was
investigated by means of advanced Finite-Element (FE)
numerical models. A key role was assigned to several
input parameters, i.e. the material mechanical models
(including damage mechanisms), and the structural
interaction between the connection components.
Based on a comparative study, the so implemented FE
models were assessed towards experimental push-out
tests and analytical calculations derived from simplified
models available in literature.
The parametric study generally highlighted a fairly good
correlation between the experimentally and FE predicted
collapse shear loads, for most of the tested connections.
Conversely, larger differences were found for the secant
stiffness values. The analysed FE models highlighted
their potential for an accurate simulation of the most
important damage and collapse mechanisms in the
connections.
Based on the current outcome, the proposed FE results
will be extended to a wide range of notched connections
(e.g. with triangular notches), as well as to entire timberconcrete composite beams. It is expected that the
extended FE investigation could provide a useful
background for the design optimization of notched
connections.
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EFFICIENT SHEAR TRANSFER IN TIMBER-CONCRETE COMPOSITE
BRIDGES BY MEANS OF GROUTING WITH POLYMER MORTAR
Martin Kaestner1, Karl Rautenstrauch2
ABSTRACT: The performance of timber-concrete composite bridge constructions crucially depends on the design of
the joint between concrete deck and timber main girders. In research studies at the Bauhaus-University Weimar,
innovative joining techniques based on grouting with highly-filled, tolerance-compensating polymer glue mortars have
been developed to improve the shear capacity of this joint significantly. By applying a thin layer of polymer mortar on
the top of the wooden main girder a continuous, slip-free connection to the timber can be realized. This layer can be
utilized for the embedding of steel plates with welded-on shear studs (stud connectors), so that the joint to the concrete
side is ensured by a standardised connection. The steel plates are rigidly anchored in the polymer mortar by adhesive
bond and form closure. As an alternative, a slip-free grout-glued connection between concrete and timber can be
realized by the glue mortar itself, so that also a continuous connection to the concrete is accessible, whereby
manufacturing tolerances can easily be compensated due to the high degree of mineral filling of the polymer mortar.
The paper focuses on experimental results of shear and bending tests for the new composite joint configurations.
KEYWORDS: Timber-concrete composite, bridge, polymer mortar, stud connector, shear test, bending test

1 MOTIVATION 12
More than 50 years after the first timber-concrete
composite (TCC) bridges were build in the United States
– followed by bridges in Australia, New Zealand and
Brazil a few decades later – the first significant efforts
on the further development of this ecologically worthwhile bridge construction method came up in Europe at
the beginning of the 1990s. As load-carrying capacity
and structural behaviour of TCC constructions crucially
depend on the structural design of the composite joint
between wooden main girders and concrete slab,
numerous connector elements have been developed
especially for the high demands on road bridges in terms
of stiffness and shear-load capacity. So far, for the TCC
road bridges constructed in Europe mainly glued-in steel
bars or X-connectors, connections using the principle of
form closure like stud connectors and notches (the latter
partly in combination with glued-in steel bars) or
expanded metal stripes (HBV shear connectors) glued-in
parallel to the grain of the wood have been used [1]. To
date, none of the aforementioned systems can be
identified as the distinct preferable solution. The
connector elements are mostly located discontinuously
over the length of the composite joint and generate a
resilient connection. Typically, local stress peaks occur
close to the connectors, both on the timber and on the
1
Dipl.-Ing. Martin Kaestner, Dep. of Timber and Masonry
Engineering, Bauhaus-University Weimar, Marienstr. 13A,
D-99423 Weimar, Germany. martin.kaestner@uni-weimar.de
2
Prof. Dr.-Ing. Karl Rautenstrauch, Dep. of Timber and
Masonry Engineering, Bauhaus-University Weimar, Germany.

concrete side, due to the uneven shear force transmission. Consequently, the shear strength of the timber
in particular is not optimally utilized.
A plane, rigidly coupled connection of timber and
concrete can only be achieved by adhesive bonding,
preferably continuously over the entire length and width
of the beam. So far, for this purpose merely investigations on thin adhesive joints with less than 5 mm
thickness are documented in the literature (a good
overview is given in [2]). However, such thin joints
appear only feasible for structural elements with T-beam
cross-sections, small widths of the glulam beams and
short spans which are assembled under laboratory
conditions. Furthermore, flat, absolute smooth concrete
surfaces and planed wood surfaces should be present.
Deviations from the specified dimensions, e.g. due to
twisting of the wooden beams, can lead to voids in the
glued surface. Rough structured concrete surfaces, e.g.
washed-out finish, are not feasible. Thus, in the authors’
view, these previously investigated thin glued joints are
not suitable for TCC bridges. However, the limitations
mentioned above do not exist if the glued connection is
realized by grouting with polymer mortar. Manufacturing tolerances, even on large constructions, can be
compensated optimally due to the high degree of mineral
filling of polymer mortars. The thickness of the grouted
joint is variably adjustable and can be set to several
millimetres or centimetres, depending on the requirements. Additional pressure perpendicular to the joint
during manufacturing is not needed. The benefits of
mineral-filled glue mortars based on epoxy resin for
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durable connections with concrete have already been
figured out in the 1960s in the course of research studies
in Cottbus (former GDR). Numerous publications (see
[3]) refer to extensive experimental investigations as
well as to a total of eight prefabricated steel-concrete
composite bridges with spans of up to 32 m built
between 1968 and around 1990 in East Germany. A
couple of these bridges, e.g. the first one, built in 1968 in
Leipzig [4] and the second one in Goerlitz of 1973 [5]
are still in use. In order to compensate manufacturing
tolerances between steel and concrete PC layer thicknesses of 5 to 15 mm were necessary.
For span widths between 10 and 30 m, which has been
estimated as ideal range by Simon [6], TCC road bridges
have to compete with plate and T-beam systems made of
reinforced and pre-stressed concrete. As often a certain
clearance height has to be observed, in many cases the
slenderness of the bridge superstructure is the decisive
design criterion. Large degrees of slenderness of the
superstructure, which are comparable with those of the
aforementioned solid structures, can only be achieved by
the use of massive wooden main girders with large
width. Therefore, the focus of previous and ongoing
research at the Bauhaus-University Weimar is on TCC
bridge superstructures using compact block laminated
glulam cross-sections and composite joints suitable for
the shear connection between such massive timber
beams and the concrete deck [1][6][7]. For the further
development of the glulam beam, as the most commonly
used homogenized wood product in timber engineering,
into a highly efficient hybrid timber composite beam
identified as HTB® (High-Tech Timber Beam), innovative construction approaches have been elaborated in
additional research studies at the Bauhaus-University
[8]. The developed reinforcement systems can be applied
for TCC bridge constructions to improve the overall
performance (by increasing bending stiffness and load
carrying capacity) and thus to increase the competitiveness of TCC systems in relation to the established solid
concrete bridge constructions. Based on the findings of
the mentioned previous research, novel composite joint
configurations have been developed [7], for which by
grouting with highly filled, tolerance-compensating
adhesive mortars, based on epoxy resin (abbr. PC for
polymer concrete), the shear load transmission can be
realized continuously over the entire length and width of
the timber beam. In the context of this project three

configuration I

different composite joint configurations with polymermortar grouting have been investigated. The results of
extensive experimental studies on these grout-glued
connections, presented in this paper, show that the shearload capacity in the joint between timber and concrete
and thus the overall efficiency of TCC structures can be
increased substantially.

2 COMPOSITE JOINT
CONFIGURATIONS
Figure 1 shows schematic illustrations of the three different new composite joint configurations, which have been
investigated in the project. The configurations I and II
represent modifications of the conventional stud
connector design that was originally developed by
Steurer [9] for the construction of the Crestawaldbridge
(Sufers, CH), built in 1996 and has been enhanced at the
Bauhaus-University Weimar in several previous research
studies [1][6][10]. The enhanced stud connector (SC)
consists of a steel plate with welded-on shear studs. It
ensures the load transmission to the concrete side in
accordance with generally accepted standards for steelconcrete composite constructions. On the timber side
originally the shear loads are transferred similarly to step
joints mainly by contact pressure parallel to the grain.
Therefore, the steel plates normally are fitted into
notches on top of the timber beams. For the modified
composite joint configuration I the wood in front of the
steel plate is replaced by polymer mortar. So from the
steel plate into the PC the loads are transferred by form
closure and from the PC into the wood the loads are
transferred by adhesive bond. For configuration II according to Figure 1 the steel plate of the stud connector
is embedded in a PC layer. That means the load transfer
between steel plate and PC occurs by form closure as
well, but additionally by adhesive bond between the
bottom side of the steel plate and the PC, which enlarges
the overall bond length towards the timber. Configuration III represents the plane, rigid connection between
concrete and wood that has been realized by grouting
with polymer mortar. Push-out tests and composite shear
tests have been carried out to study the load-bearing and
deformation behaviour of the three aforementioned new
configurations. In addition, the configurations II and III
were analysed in bending tests.

configuration II

configuration III

Figure 1: Composite joint configurations with PC-grouting (longitudinal section, schematic illustration); configuration I: timber in
front of the stud connectors replaced by PC; configuration II: stud connectors embedded in a PC layer; configuration III: groutglued connection
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The highest failure loads were achieved in series
EK-PC-42 – on average 150% of the overall average of
the other test series. In Figure 2 the load carrying capac-

b

EK-A/B

In Figure 3 the mean values of slip modulus Kser for all
test series, respectively for the initial load ramp, static
load ramps (averaged) and the final load ramp are
plotted. As a result, the average slip modulus of series
EK-PC was about 1.9 times higher than the average of
series EK-A/B. Obviously, the complete replacement of
the timber in front of the steel plate with polymer mortar
leads to slip modulus that are similar compared with
series EK-PC. Due to the adhesive bond between steel
plate and PC and between PC and timber, comparatively
small relative displacements were measured in series
EK-PC-42 (factor 14 for slip modulus compared with
series EK-A/B), which can be ascribed to local shear
deformations, so that this connection can be considered
rigid. All specimens failed in shear parallel to the grain
of the wood near the bond line between wood and PC
(see Figure 4). However, in a few cases the failure
occurred partially along this bond line, too.

a
5

specific shear stress τ* [MPa]

The tests focused on the load transmission into the
timber. Thus a simplified push-out setup, developed in
[10], could be used. In this setup the otherwise necessary
and cost-intensive precast concrete elements are replaced
by reusable steel profiles and the studs are substituted
with fitting screws. The joint configurations of the
different test series, carried out with this test setup, are
illustrated in Figure 2. In series EK-A/B the conventional stud connector design (steel-to-timber), which
approximately corresponds to the joint realized at two
existing TCC road bridges in Germany (Birkberg
Bridge, Wippra 2008 and Bridge across the Holtemme,
Wernigerode 2013), was tested. In series EK-PC, a small
PC-filled gap between steel plate and timber was added,
primarily to improve the form closure. For these two
principal configurations, extensive studies on the loadbearing and deformation behaviour of the wooden part of
the stud connector under short-term and fatigue loading
have already been executed [1][10]. The same test setup
was used for two additional test series on specimens with
stud connectors, but with the wood in front of the steel
plates replaced completely by PC layers (EK-PC-24 and
EK-PC-33, both representing configuration I according
to Figure 1). In a third additional series the steel plates of
the stud connectors were embedded in the PC layers on
the front and the bottom sides (EK-PC-42, representing
configuration II according to Figure 1). The composite
joint configuration III without stud connectors has not
been analysed in push-out tests but in composite shear
tests (see chapter 4). Each of the additional series
consisted of three specimens. The specimens were made
of glulam (strength class GL32h according to DIN 1052:
2008), steel plates of 30 mm height (representing the
stud connector) and polymer mortar COMPONO®
according to [11]. The specimen width was 20 cm. In the
test the relative displacements between timber and steel
plates were measured using inductive displacement
transducers.

ities are diagrammed as specific shear failure stresses τ*,
which are calculated from the failure loads divided by
the geometrical joining surface for two connector elements (including the area of the steel plates of the stud
connectors), which is necessary for constructive reasons.
The average of the calculated specific shear stresses τ*
of series EK-PC-42 exceeds the average of series
EK-A/B and EK-PC by a factor of 2.4. With the effecttive shear length calculated as ℓV = 11·tV, as suggested in
[1], the specific shear stresses τ* of the series without
embedded stud connectors would all be at the same level
between 53 and 65% of τ* of series EK-PC-42.

Kser /connector [kN/mm/20cm]

3 PUSH-OUT SHEAR TESTS

Figure 3: Mean values of slip modulus Kser for all series tested
with the simplified push-out setup
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Figure 4: Typical fracture patterns of the push-out tests; top:
series EK-PC-33 and EK-PC-24; bottom: series EK-PC-42

It can be concluded that by means of embedding the stud
connectors in the polymer mortar, the distances between
adjacent connector elements in the longitudinal direction
of a TCC bridge can be reduced significantly in order to
transfer much higher shear loads compared to the conventional stud connector design. Also, by replacing only
the wood in front of the steel plate (series EK-PC-33 and
EK-PC-24) a reduction of the connector element distances is possible, although there is no shear connection
between the bottom side of the steel plate and the PC.

4 COMPOSITE SHEAR TESTS
The shear bond of PC-steel, PC-wood and PC-concrete
composites has been investigated using special
compressive shear test setups (see Figure 5), partly
according to the shear test configuration for wood,
described in DIN EN 408. The different test configurations as well as first results of short-term tests have
already been presented in [12]. An advantage of this test
configuration compared to push-out tests or slip-block
tests is the very uniform shear stress distribution over the
length of the specimens.
Since the traffic loads for road bridges appear cyclic and
frequently repeated, the composite joint has to be
constructed with sufficient fatigue resistance. In order to
assess the fatigue behaviour of the grout-glued
connection between timber and concrete, additional
composite shear tests under fatigue loading were
arranged. In the following the results of the short-term
tests as well as the results of the pilot tests on the fatigue
behaviour are summarized. The determined strengths are
to be understood as smeared shear strengths, calculated
from the failure loads divided by the shear area. Before
grouting with polymer mortar the steel plates were
sandblasted and degreased.
4.1 COMPOSITE SHEAR TESTS PC-WOOD
So far, under shear parallel to the grain 13 knot-free
specimens with diverse annual ring orientations made of
spruce were tested under short-term loading (density
430…550 g/dm³, moisture content around 12%). The
specimens failed in shear along the grain (Figure 7) or,
in three cases, showed a combined tension/shear failure.
The mean value of the shear strengths was 8.5 MPa, with
a standard deviation of ± 20%.

In addition to the short-term tests three more PC-wood
specimens were tested under cyclical compressive
loading in order to assess the fatigue behaviour of the
connection. Similar to the previous fatigue tests on the
stud connector carried out at the Bauhaus-University
Weimar [1][10] the single-step tests were arranged with
a frequency of 3 Hz and a stress ratio R = 0.1, which
defines the relation between the maximum and the
minimum load level under cyclic loading. As load levels
50, 60 and 70% of the short-term failure loads were
investigated. Specimen 1 (load level 50%) failed under
fatigue loading after 3.5 million load cycles. Specimen 2
did not fail under fatigue loading with load level 60%, so
after 7.42 million load cycles the load level was
increased to 70%. After about 154000 additional load
cycles the specimen also failed under fatigue loading.
Specimen 3 (load level 70%) also failed under fatigue
loading after about 150000 load cycles. Consequently,
on basis of these tests a strength reduction with
increasing number of load cycles could be identified.
The relation (S-N-line) is illustrated in Figure 6.
According to DIN EN 1991-2 the total number of lorries
expected per year and per lane depends on the traffic
category. For traffic category 4 (local roads with low
flow rates of lorries), which is the lowest category, a
flow of 50000 lorries per year and per lane has to be
assumed (for the Fatigue Load Models FLM 3 and 4).
Assuming a service life of 40 years the connection has to
withstand a total of 2 million lorry crossings per lane.
Based on the test results, the fatigue strength after
2 million load cycles can be determined to about 60% of
the average of the short-term strength.

Figure 5: Composite shear test configuration for PC-wood and
PC-concrete specimens (left, tilt angle 14°) and PC-steel
specimens (right, tilt angle 11.3°)

4.2 COMPOSITE SHEAR TESTS PC-CONCRETE
Within the test series three different pre-treatments of the
concrete surface were tested: sandblasted, grinded and
washed-out finish. All concrete elements were made of
standard unreinforced concrete, strength class C30/37
according to DIN EN 1992-1-1. The mean value of the
shear strengths of a total of 30 tested specimens was
8.2 MPa, with a standard deviation of ± 8.2%.
Irrespective of the pre-treatment of the concrete's surface
and the polymer mortar formulation being used, in all
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cases the load capacity was limited by the shear strength
of the concrete. A fracture surface lying particularly
deep inside the concrete (Figure 7) was reached with the
concrete elements with exposed aggregate surfaces
(washed-out finish). So this pre-treatment method should
be preferred, because a direct adhesive bond between the
glue-mortar and the washed-out aggregates of the
concrete is ensured. This also emerges from the studies
on adhesively bonded steel-concrete composite bridges
[3][4][5], mentioned in chapter 1.
In order to also estimate the fatigue behaviour of this
connection, seven more PC-concrete specimens were
analysed in single-step tests under cyclical compressive
loading (frequency of 3 Hz, partly 5 Hz; stress ratio
R = 0.1). As load levels 60% (1 specimen), 70%
(3 specimens) and 80% (3 specimens) of the short-term
failure loads were investigated. While the specimens of
load levels 70 and 80% were cyclically loaded until
fatigue fracture occurred, the test of the specimen with
load level 60% was aborted after 10.1 million load
cycles. The three specimens of load level 70% ruptured
after 1.85 million, 2.55 million and 7.12 million load
cycles. The three specimens of load level 80% reached
54800, 139800 and 4.15 million load cycles. In addition
to the S-N-line for the PC-wood specimens, the
appropriate strength reduction with increasing number of
load cycles determined in the PC-concrete composite
shear tests is displayed in Figure 6. Based on these
results, the fatigue strength after 2 million load cycles
can be determined to about 70% of the average of the
short-term strength.

42 MPa have been determined. So the shear strengths of
the tested PCs are about three to five times higher than
the shear strength of the wood (clear spruce) and the
concrete (C30/37). All tested PC-steel specimens
showed a cohesive failure in the polymer mortar in the
form of diagonal cracks in the middle third of the length
of the grouted joint, which can be interpreted as principle
tensile stress failure (see Figure 7). On the basis of the
results for the different PC formulations it can be
assumed, that with appropriate preparation of the steel
surfaces (sandblasting and degreasing) the adhesive
shear strengths to steel are greater than the shear
strengths of the polymer mortars themselves; at least
regarding the short-term structural behaviour.

Figure 7: Typical fracture patterns of the composite shear tests
PC-concrete (left, specimen with exposed aggregate surface),
PC-wood (middle) and PC-steel (right)

5 BENDING TESTS
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5.1 SETUP AND SPECIMEN CONFIGURATIONS
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In order to analyse the load-bearing and deformation
behaviour as well as the failure mechanisms in the real
assembly situation, the new composite joint configurations were tested in bending tests on a total of twelve
T-shaped TCC beams, each being 5 m long. The test
configuration is illustrated in Figure 9. The different
configurations of the specimens and composite joints are
shown in Figure 10 and summarized in Table 1.
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Figure 6: S-N-lines, regression based on short-term and
fatigue tests for PC-wood and PC-concrete specimens (runouts are included)

4.3 COMPOSITE SHEAR TESTS PC-STEEL
As in the tests described in chapter 4.1 and 4.2 the
rupture always occurred in the wood or in the concrete,
the shear bond of the PC-steel connection was examined
in separate composite shear tests. The test setup is shown
in Figure 5. So far, in a total of 21 tests three different
polymer mortar formulations made of different reaction
resin systems and different aggregate compositions have
been tested under short-term loading [12]. Depending on
the PC formulation shear strengths between 25 and

The combined assembled timber beams consisted of a
block laminated glulam section (strength class GL24h
according to DIN 1052:2008) and two lower layers of
laminated veneer lumber (LVL, STEICCO ultralam RTM,
d = 39 mm). The global and local flexural rigidity was
determined for each timber beam in a separate bending
test according to DIN EN 408. In order to increase the
overall bending stiffness and to avoid an early brittle
bending failure, the tension zones of the beams were
strengthened using steel bars (8x Ø16 mm, B500B
DIN 488-2), which, in pairs, were casted with PC into
grooves in the lower of the two LVL lamellas. This
technology of tension zone reinforcement has been
investigated at the Bauhaus-University Weimar in a
previous research project (see [8]). For the concrete
decks, produced as precast concrete elements, the
strength class C30/37 according to DIN EN 1992-1-1
was scheduled. However, additionally conducted cube
and cylinder compression tests revealed a classification
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between C35/45 and C45/55. For the Modulus of
Elasticity a mean value of 28700 MPa was determined.
The concrete elements were symmetrically reinforced
(AS = 9.48 cm², B500B DIN 488-2). The reinforced
concrete slabs of specimen HBV-1 to HBV-10 were
prefabricated including stud connectors (Figure 8). The
height of the stud connector steel plates of HBV-1 to
HBV-6 was hSC = 30 mm (Figure 10a and Figure 10b).
In order to save material (steel and polymer mortar), the
height was reduced to hSC = 15 mm at HBV-7 to 10 (see
Figure 10c). The shear stud diameter was uniformly
19 mm, but the number of studs per connector element
was varied between four and seven (see Table 1).
However, on each specimen four identical stud connectors were installed.
On the specimens HBV-7 and HBV-8 in addition to the
stud connectors a rigid bond between concrete and wood
was realized by grouting with polymer mortar over a

length of 1.50 m on each end of the beam (Figure 10c).
In this area of the interface the concrete elements were
prefabricated with exposed aggregate concrete surfaces
(see Figure 11, approximate exposure depth of the
concrete aggregates 2.5 mm). On all other specimens
with stud connectors an adhesive bond between polymer
mortar and concrete was avoided by placing a PE film as
separating layer.

Figure 8: Stud connectors with differing number of studs and
different heights of the steel plates

Figure 9: Configuration of the 4-point bending tests

Figure 10: TCC joint configurations and special characteristics of the specimens tested in the 4-point bending tests; a) HBV-1, 3, 5;
b) HBV-2, 4, 6; c) HBV-7, 8, 9, 10 (HBV-7 and 8 without PC columns, HBV-7 also without shear reinforcements); d) HBV-11, 12
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Table 1: Specimen configurations of the 4-point bending tests

Specimen number
1
3
5
2
4
6
7
8
9
10
11
12
PC-filled gap
×
×
×
PC grouting stud connector/wood
×
×
×
×
×
×
×
PC grouting wood/concrete *
×
×
×
×
Shear reinforcement
×
×
×
×
×
Bearing reinforcement (PC columns)
×
×
×
×
Height of stud connectors hSC [mm]
30
30
30
30
30
30
15
15
15
15
Number of studs per stud connector
4
7
4
4
7
4
4
7
4
7
Average thickness of PC layer hPC [mm] 30
30
30
50
50
50
30
30
30
30
13
13
Height of concrete deck hC [cm]
13
13
13
13
13
13
13
13
13
13
12
12
* on HBV-7/8 over a length of 1.50 m on each end of the beam (see Figure 10c), on HBV-11/12 over the entire length of the beam
On HBV-11 and HBV-12 no stud connectors have been
installed. A rigid connection between concrete and wood
over the entire length of the interface was realized by
grouting with polymer mortar alone (see Figure 10d). In
the contact area the concrete elements were also
prefabricated with exposed aggregate surfaces (washedout finish). On average, the thickness of the PC layer
was about 13 ± 3 mm. Additionally, the specimens
HBV-8 to HBV-12 were shear-reinforced using selftapping screws (30 full thread screws Spax-S Ø12 mm
on each end of the beam).

between concrete and wood as well as between concrete
and the stud connectors, the longitudinal strains in the
middle of the span (top and bottom of the concrete deck
as well as top and bottom of the timber beam), the
vertical opening of the joint/gap in the area of the stud
connectors and the compression lateral to the grain at the
bearings have been measured.

Figure 12: HBV-11 with grout-glued connection – Placement
of the concrete slab on the glulam beam with a thin PC layer
on its top side

Figure 11: Washing out of an exposed aggregate concrete
surface of the prefabricated reinforced concrete elements of
HBV-7 and HBV-8

Additional reinforcements of the bearings, realized by
means of polymer mortar grouted drill-holes (PC
columns), were necessary on HBV-9 to HBV-12. For
further information on this new and very effective lateral
pressure reinforcement method see [13]. For the PC
grouting almost exclusively the polymer mortar
COMPONO® [11] has been used, except for HBV-7 and
HBV-12, for which the PC-grouting was made of an
alternative polymer mortar formulation identified as
PC 3-7.5. For more information on the different PC
formulations and the material properties see [12]. The
beams were tested using a 4-point load setup following
DIN EN 408. In deviation of the standard specifications,
the load was applied in the quarter points (axis B and D,
see Figure 9) of the span width. During the tests, the
global and local deflections, the relative displacements

Figure 13: Measuring equipment of the 4-point bending tests

5.2 RESULTS OF THE BENDING TESTS
Figure 14 shows the ultimate loads of all TCC beams
achieved in the bending tests. The associated loaddeflection curves are illustrated in Figure 15.
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Figure 15: Load-deflection curves of the 4-point bending tests

The beams HBV-1, 3 and 5 with the PC-filled gap
between the steel plates of the stud connectors and the
wood failed brittle in longitudinal shear with the path of
crack in the height of the bottom side of the stud
connectors (see Figure 16). The average ultimate load of
this series was 382 kN. Until the ultimate loads were
reached, no non-linear relative displacements between
concrete and wood, which means that also no
plastifications of the shear studs, were measured. Since
the components showed no further cracks or other
damages resulting from the tests, the timber beams and
the reinforced concrete elements of these three
specimens were re-used for HBV-2, 4 and 6.

Figure 16: Longitudinal shear failure in the glulam in front of
the stud connectors at HBV-3

In the bending tests of HBV-2, 4 and 6 the load bearing
behaviours and failure mechanisms differed depending
on the number of shear studs per stud connector. The
two beams with only 4 studs per connector (HBV-2,

HBV-6) showed disproportionate increases of the
relative displacements between concrete and stud
connectors above a load level of about 400 kN. The
stress redistributions resulting from that led to a more
intense increase of the bending stresses in the two
components and to a lower increase of the normal forces
and of the shear forces in the composite joint
respectively. With an ultimate load of Fmax = 690 kN
specimen HBV-6 reached the highest load within this
series. For HBV-4 with seven shear studs per connector
stress redistribution effects could not be detected.
Consequently, the ultimate load was only at 72.7% of the
average load of HBV-2 and 6. All three specimens failed
initially in shear in the glulam, directly below the PC
layer. The failure mechanism thus was similar to that of
HBV-1 to HBV-3. However, on HBV-2 and HBV-6,
additionally, a crack in the upper LVL lamella occurred
directly after the initial shear failure in the glulam.
Basically, the composite joint configuration of HBV-9
was similar to that of HBV-2 and HBV-6 (4 shear studs
per stud connector) and the configuration of HBV-10
was similar to that of HBV-4 (7 shear studs per stud
connector). However, for HBV-9 and HBV-10 stud
connectors with reduced height of 15 mm have been
used and both beams were additionally shear-reinforced
in contrast to the other specimens mentioned above. As
expected, the shear studs of HBV-9 showed a very
ductile behaviour, in analogy to HBV-2 and HBV-6. The
maximum relative displacements between concrete and
stud connectors exceeded 7 mm (see Figure 17). Due to
the effective shear reinforcement a shear failure in the
glulam was prevented for HBV-9. However, between
F = 830 kN and 870 kN despite of the shear reinforcement shear cracks in the upper LVL lamella occurred on
both beam ends. Consequently, the overall bending
stiffness decreased slightly. Finally, the bending tensile
strength of the glulam was reached at Fmax = 1018 kN,
coming along with corresponding cracks. Due to the
shear reinforcements and the effective end anchorage of
the steel bars of the tension zone reinforcements, the
strengthened lower LVL lamella functioned like a belt,
so that only a very small fracture-related load drop
occurred (see Figure 15). On the final load level of
990 kN the test had to be aborted because of too large
deflections. In line with HBV-4 the specimen HBV-10
showed no ductile behaviour of the composite joint. At
Fmax = 780 kN (about 76.6% of the ultimate load of
HBV-9) the specimen failed in shear in the glulam
directly below the PC layer. The maximum relative
displacement between concrete and stud connectors was
less than 1 mm (see Figure 17).
The specimens with PC-grouted connections between
concrete and wood and additional shear reinforcements,
HBV-8, HBV-11 and HBV-12, reached the highest
ultimate loads with an average of 1147 kN. HBV-7, also
with PC-grouted connection, but without shear
reinforcements, only reached an ultimate load of
Fmax = 910 kN. All four beams showed the already
known shear cracking in the upper LVL lamella as initial
failure. However, this only resulted on HBV-7 in a
complete loss of the load-bearing capacity. On HBV-8,
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HBV-11 and HBV-12 the load could be increased further
due to the shear reinforcements. The overall bearing
behaviour of the two specimens with additional stud
connectors (HBV-7, HBV-8) did not differ significantly
from that of the specimens without additional stud
connectors (HBV-11, HBV-12). Finally, HBV-8 and
HBV-11 showed shear failure in the concrete or in the
glulam close to the PC layer on both beam ends. On
HBV-12 finally the bending tensile strength of the
glulam was reached, which resulted in a small load drop.
Subsequently, the test was aborted because of too large
deflections.
1200

total load [kN]

1000
800

top of the timber beam the load-carrying capacity could
already be increased by a maximum factor of 1.7. With
supplementary shear reinforcements and reduced heights
hSC and hPC the maximum enhancement factor was 2.7.
In sum, a strong dependence on the number of shear
studs per connector was observed in the tests with
embedded stud connectors. The highest enhancement
factors (mentioned above) refer to those test specimens
with only 4 studs, because these showed a very ductile
failure progress, due to plastic deformations of the studs.
The highest loads were reached with the shear-reinforced
beams with grout-glued connection between PC layer
and concrete deck or with a grout-glued connection and
supplementary stud connectors (maximum enhancement
factor 3.0). All beams finally showed a more or less
intense load drop due to a shear failure in the timber or
the upper LVL lamella.
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Figure 17: Averaged relative displacements between concrete
and stud connectors on HBV-9 and HBV-10

Figure 20: Initial shear failure in the upper LVL lamella and
final bending failure after very ductile bearing behaviour on
HBV-12

6 CONCLUSIONS

Figure 18: Initial shear failure in the upper LVL lamella and
final bending failure after very ductile bearing behaviour on
HBV-9

Figure 19: Longitudinal shear failure in the glulam directly
below the PC layer on HBV-10

In sum, the experimental results of the shear tests were
confirmed in the bending tests. Specimens with stud
connectors and a small PC-filled gap between steel plate
and wood but no shear reinforcements showed the lowest
load-carrying capacities. On the specimens with the stud
connectors embedded completely in a PC layer on the

The stud connector is an efficient connector element
suitable for TCC road bridges and proven in building
practice since 1996 [9]. However, the results presented
in this paper clearly demonstrate, that the refined
composite joint configurations on the basis of grouting
with polymer mortar, optionally in combination with
additional reinforcements (shear, tension reinforcements)
allow significant increases of load capacity, which can
contribute to improve the competiveness of TCC constructions compared to the established solid constructions.
The efficiency of TCC constructions is primarily limited
by the low longitudinal shear strength of the material
wood. The optimal utilization of the naturally given
shear strength, therefore, is of great importance. In this
regard the most effective connection is an adhesive
connection. In the context of the presented studies,
continuous adhesively bonded shear connections were
realized by grouting with polymer mortar, having the
benefit that manufacturing tolerances can easily be
compensated. In the composite shear tests as well as in
the bending tests on this configuration, the shear failure
always occurred in the wood or in the concrete; also
under fatigue loading. This can be ascribed to the high
adhesive strength of the used epoxy resin systems, to
wood and mineral materials and also to the very high
strengths of the polymer mortar formulations.
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Similar to the pure grout-glued connection, by means of
the embedding of the stud connectors in a thin layer of
polymer mortar on top of the wooden bridge girders, the
shear load transfer into the wood is much more uniform,
compared to other, previously developed discontinuously
arranged composite elements. Also a larger wood
volume is activated for the shear transfer. So finally
much higher shear loads can be transmitted. Without an
additional grout-glued connection between PC layer and
concrete a high ductility can be achieved by the
utilization of the plastic deformation potential of the
shear studs in the ultimate limit state. However, in the
bending tests, the highest loads were reached with the
grout-glued connection between PC layer and concrete
deck.
As the shear tests and the bending tests revealed, the
developed new composite joint configurations are
characterized by high values of the slip modulus, so that
at least in the serviceability limit state an almost rigid
connection has to be assumed, even for the configuration
with only a small PC-filled gap in front of the stud
connector. Compared to resilient TCC connections, in a
bridge, consequently, high internal stresses, due to
different thermal expansions of wood and concrete (and
of course other effects like creeping, shrinking etc.) have
to be expected. These, finally, may lead to high shear
stresses in the composite joint. However, the bridge
superstructure type timber-concrete composite is not yet
regulated in the European standards for thermal actions
DIN EN 1991-1-5, so there are no suitable normative
definitions of thermal load cases for TCC bridges.
Consequently, further scientific investigations of TCC
road bridges, irrespective of the type of the composite
joint and the slip modulus, have to deal with the impact
of alternating climatic conditions. Particularly in few of
the resulting transient temperature distributions in the
superstructure of the bridge, that are relevant for the
design, and also in few of the long-term load-bearing
behaviour of the composite joint configurations and the
adjacent materials under alternating climatic conditions,
further investigations are necessary.
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ABSTRACT: The behaviour of timber-steel hybrid beams for buildings is very complex because of the combination of
the two very different materials that are wood and steel. Numerical simulation of such behaviour requires an accurate
description of orthotropic material’s behaviour with damage. This paper describes 3D-Finite Element (FE) simulation
results obtained using an elasto-plastic model coupled with an isotropic ductile damage, and implemented into
ABAQUS/Explicit FE software. After a short presentation of the constitutive equations and their related numerical
aspects, the validation of the model was carried out by simulating timber-steel hybrid beams. Good agreement was
found between FE and experimental results, showing the good capability of the model to predict the ductile damage
evolution in bending test of timber-steel hybrid structures.
KEYWORDS: Timber-steel hybrid beams; Bending test; Elasto-plasticity; Large plastic strains; Finite element
modelling.

1 INTRODUCTION 123
Wood is a structural material widely used in the
building industry. It is lightweight and strong. It is easier
to process than steel or concrete as it requires much less
energy. It is renewable, nontoxic and has a high thermal
efficiency. Additionally, it is a net carbon absorber and it
can be easily recycled.
Recent years have witnessed a renewed interest in
the use of hybrid steel-timber beams in high rise
buildings. Indeed, the concept of combining the two
materials (timber and steel) has many technological,
economical and environmental advantages. The hybrid
elements can replace structural steel beams, thereby
allowing significant time and cost savings. Furthermore,
the reduction of weight and the possibility of using steeltype connections constitute major advantages in
earthquake-prone areas. The inclusion of a ductile
material, in this case steel, confers to the beam a wide
panel of additional advantages such as reduced creep and
a high shear capacity in comparison with solid timber,
which is rather poor from this point of view, and which
is also prone to brittle failure. High concentrated loads
can be placed anywhere along the flange because of the
continuous steel web support. For these reasons, intense
research activity has been carried out in this area, as
reported elsewhere [1].
Several issues immediately originate from such kind
of hybrid beam system, the most serious one being the
1
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incompatibility associated with the difference in
materials properties. Especially, joining steel and timber
mean is an important problem. Despite this, the
environment-friendly and cheap nature of timber makes
it a good material to pair with stronger, more ductile
steel. Among the mechanical joining techniques required
for hybridization of steel and timber, the use of nail
joints is a particularly promising technique. Owing to its
advantage of joining without any adhesive, this joining
method has been shown to rapidly yield nails of
considerable strength.
Traditionally, the design of hybrid beams was
developed using procedures based on purely
experimental observations in the absence of deep
understanding of the system of steel and timber
hybridization. This situation stems from the complex
mechanical behaviour of wood compared to other
materials used in construction, such as concrete and
steel. Moreover, the orthotropic nature of wood limits
the applicability of analytical methods. It is well known
that when materials like steel and timber are worked by
loading processes, they experience large plastic
deformations leading to the onset of micro-defects such
as voids and micro cracks. When these micro-defects
initiate and grow inside the plastically deformed wood,
the mechanical field is deeply modified, leading to
significant modifications in the deformation process
itself. The coalescence of these defects during loading
can lead to the initiation of macro cracks or damaged
zones, inducing an irreversible damage inside the timbersteel hybrid beams.
Accordingly, it is crucial for numerical tools used in
the simulation of these cases, to apply coupled
constitutive equations accounting for both non-linear
isotropic hardening and isotropic ductile damage. The
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introduction of the damage mechanics gave a real rise to
the numerical simulation of wooden structures [2-9].
These damage mechanics-based approaches suppose that
the wood failure results from the ductile defects
initiation, growth and propagation inside narrow shear
bands where the plastic strain is highly localized. Yet, it
was one of the most neglected points of this research
field. Therefore, it is the aim of the present work to
analyse the damage evolution in wood within the
framework of Continuum Damage Mechanics (CDM)
and plasticity [10-13]. This framework takes into
account: (i) the orthotropic elasto-plastic behaviour with
isotropic hardening; (ii) the isotropic ductile damage;
(iii) the large plastic deformations occurring during
loading; (iv) the friction at the contact between wood
and steel; and (v) the interaction between the steel and
the nails.
Experimental evidence has shown that the strength
of these timber-steel hybrid beams depends on the mode
of failure. Failure is often the result of the crushing of
the timber due to its poor local bearing capacity. The
behaviour of this type of hybrid beams is often governed
by flexure, hence the need to analyse them in bending.
To understand the flexural strengthening of hybrid
beams, a finite element simulation of four-point bending
test sample was carried out. A model based on the
thermodynamic theory with state variables is proposed
here to represent the coupling between orthotropic
elasticity and anisotropic plasticity together with damage
effect. With this approach, increasingly used during the
recent years, the damage evolution equations are directly
incorporated and fully coupled with the elasto-plastic
constitutive equations without any limitation with
respect to the loading path. These fully coupled
approaches allow not only to predict large strains,
stresses and evolving boundary conditions, but also
allow to indicate where and when the macroscopic
cracks (or damaged zones) will appear inside the wood
material during the deformation process.
In the present paper, we limited ourselves to the
purely mechanical phenomena without thermal aspects
by considering large anisotropic plastic flow (Hill’s
quadratic criterion) together with small elastic strains,
non-linear isotropic hardening, isotropic ductile damage
and contact with friction of Coulomb type. This
numerical methodology has been implemented into the
ABAQUS/Explicit FE code and used in order to predict
the damage occurrence inside the wood of 3D timbersteel hybrid beams in bending. The predicted results
were compared to an experimental test.

(a). Conjugate stress-like variables
e

σ = (1 − D)Λ: ε
(Cauchy stress)
(1)
R = (1 − D) × Q × r ( sotropic har ening stress) (2)
1 e
e
Y = ε : Λ : ε ( sotropic amage ri ing orce) (3)
2
e
where ε
represents the tensor of elastic strain, r
represents the isotropic hardening, D represents the
isotropic ductile damage, Q is the isotropic hardening
modulus and Λ≡ Λijkl is the fourth order symmetric
elastic properties tensor given as:

Λ1111 =

1 − ν23 ν32
1− ν
13 ν
31
, Λ 2222 =
,
ΔE 2 E 3
ΔE1E 3

Λ 3333 =

1− ν
ν +ν
12 ν
21
31 ν
23
, Λ1122 = 21
,
ΔE1E 2
ΔE 2 E 3

Λ 2233 =

ν + ν21ν32
ν32 + ν
12 ν
31
, Λ1133 = 31
,
ΔE 2 E3
ΔE1E 3

Λ1212 = 2G12 , Λ 2323 = 2G 23 , Λ1313 = 2G13 ,
Δ=

1- ν
12 ν
21 − ν
23 ν
32 − ν
13 ν
31 − 2 ν
21 ν
32 ν
13
E1E 2 E3

(4)
where Ei (i=1,3) are the elastic moduli of the wood
material along the direction (i) as shown in Fig. 1,
ν
ij (i=1,3 ; j=1,3) are the Poisson’s coefficients, and
Gij (i=1,3 ; j=1,3) are the shear moduli.
In mechanics of continuous media (MDC), wood is
considered as continuous and macroscopically
homogeneous material. Hence, based on the geometry of
a log, a Cartesian coordinate system is illustrated as
shown in Fig. 1.
1 : Longitudinal

2 : Radial

3 : Tangential

Grain
ori ntation

2 M hani al mod llin
The used finite orthotropic elasto-plastic constitutive
equations coupled with the isotropic ductile damage
were developed using the classical thermodynamics of
irreversible processes with state variables [10-20]. Four
couples of internal state variables were used for this
e

isothermal case: (ε , σ ) for the plastic flow, (r, R) for
the isotropic hardening and (D, Y) for the isotropic
ductile damage. The constitutive equations are given
hereafter as follows:

Fi . 1. Coordinate system for wood.
(b). Flux (strain-like) variables

& H:σ
&p =λ
D
1− D σ

=

&
λ
n
1− D

( lastic strain rate tensor)

(5)
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&  1 − br  ( sotropic har ening rate) (6)
&r = −λ

 1- D



The plastic criterion, fn+1, which should satisfy the
consistency condition at time tn+1 is given as:

& Y 
& =λ
( sotropic amage rate) (7)
D
S
= σ : H: σ
(8)
with: σ
& is the plastic multiplier, n is the normal to the
where λ

the classical Hill anisotropic tensor defining the initial
plastic anisotropy, itself function of the six parameters F,
G, H, L, M and N, given as [21]:

H1111 = G + H, H 2222 = F + H, H 3333 = F + G,

H1122 = − H, H 2233 = −F, H1133 = − G,
H1212 = 2N, H 2323 = 2M, H1313 = 2L

(9)
The plastic flow f [10-13] accounting for the isotropic
hardening and damage can be expressed as follows:

f =

σ −R

where σ

1− D
yield

− σ

yield

≤ 0

(10)

is the limit yield stress.

In uncoupled approach, the damage is vanishes and
the equations (1) to (10) define the classical elastoplastic constitutive equations. In the coupled approach,
the damage is introduced into the overall constitutive
equations and affects all the elastic and plastic fields.
The both uncoupled (without damage) and coupled (with
damage) models are implemented into the
ABAQUS/Explicit [22] using a user-subroutine Vumat.

3 Num ri al mod llin
Using a Dynamic Explicit scheme (DE), the
constitutive equations were integrated over a time
increment to obtain the quantities σ n +1 , Rn+1 and Yn+1.
P

The tensor of plastic strains D n +1 and the damage
parameter Dn+1 were obtained using the θ-method while
the isotropic hardening variable rn+1 was obtained with
the asymptotic method, according to:
P

P

D n +1 = D n +

Δλ
n n +1 ( lastic strain tensor)
1 − D n +1

(11)

rn+1 = rn e −bΔλ +

(1 − e − bΔλ )
( sotropic har ening)(12)
b 1 − D n+1
s

Y 
D n+1 = D n + Δλ n+1  ( sotropic amage)
 S 

(13)

− R n +1

1 − D n +1

−σ

yield

=0

σ

− R n +1
− σ yield = 0
f n +1 (Δλ
, n n +1 ) = n + 1
−
1
D

n
, n n +1 ) = H : σ n + 1 − σ n + 1 n n + 1
h n +1 (Δλ

is

the norm of the Cauchy stress tensor in Hill’s sense, in
which the symmetric fourth order tensor H = H ijkl is

n +1

(14)

The final system of equations to solve then
becomes:

loading surface f, b is the non-linear isotropic hardening
coefficient, and s and S are two parameters describing
the isotropic ductile damage evolution. Finally, σ

σ

f n +1 =

s

(15)

The first equation in (15) represents the yield
function (Eq. (14)), while the second one comes from the
definition of the normal n (Eq. (5)); both are written at
tn+1. This non-linear algebraic system may be solved by
using the iterative Newton–Raphson procedure in order
to determine the unknowns Δλ and n n +1 . After
convergence, knowing Δλand n n +1 , the variable of the
isotropic damage Dn+1 was determined according to:

Y 
D n+1 = D n + Δλ n+1 
 S 

s

(16)

The well known approach of Simo and Hughes [23]
consists of decomposing the problem in two steps: an
elastic prediction step, where the problem is supposed to
be purely elastic, and a plastic correction in which the
plasticity criterion is fulfilled. The elastic prediction was
taken as the initial condition for each plastic correction
stage. The classical iterative method of Newton-Raphson
was used during the plastic correction stage to solve the
non-linear system of Eqs. (15) in order to calculate the
stress tensor σ n +1 , the isotropic stress Rn+1 and the
isotropic damage driving force Yn+1 at the end of the
current time increment tn+1.
(a). Elastic prediction
Given a total strain increment Δε at time tn, and
assuming the response to be initially elastic, the trial
stress at time tn+1 was obtained as:
*
n +1

σ

=σ

+ (1 − D n )Λ: Δε

(17)
which was then substituted in the expression of the
failure criteria to yield:

f

*
n +1

σ

=

with σ

n

*
n +1

− Rn

1 − Dn
*
n +1

= σ

−σ

*
n +1

(18)

yield

:H:σ

*
n +1

(19)

*

If f n +1 < 0 , the obtained response is elastic, and
the tensorial quantities at time tn+1 are obtained as :

σ

n +1

=σ

*
n +1 ,

R n +1 = R n and Yn+1 = Yn

(20)

(b). Plastic correction
*

Otherwise, if f n +1 ≥ 0 , the trial solution cannot be
a solution of the incremental problem and the values of
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the state variables should be plastically corrected to
satisfy the plastic yielding conditions. It thus becomes
necessary to apply a correction to the trial stresses σ
to obtain σ

R n +1 and Yn+1 such that:
σ
− R n +1
f n +1 = n +1
− σ yield = 0
1 − D n +1

with: σ

σ

n +1

n +1 ,

= σ

n +1

:H:σ

=σ

*
n +1

(21)
(22)

n +1

− (1 − D n +1 )Λ: Δε
Δλ
p
Δε =
n n +1
1 − D n +1
n +1

*
n +1

p

(23)
(24)


(1 − e − bΔλ ) 
(25)
R n +1 = Q(1 − D n +1 ) rn e − bΔλ +
−
b
1
D
+
n
1


−1
1 σ n :Λ :σ n
Yn +1 =
2 (1 − D n +1 )2
1
n
n
+ (Δε − Δλ n +1 ) : Λ : (Δε − Δλ n +1 )
2
1 - D n +1
1 - D n +1
σ

n
: (Δ ε − Δλ n +1 )
+
(1 - D n +1 )
1 - D n +1
n

(26)

4 Num ri al a li ation: our oint
ndin t sts
(a). Specimens design
An experimental program consisting of four-point
bending tests on timber-steel hybrid beams was carried
out by Winter et al. [1]. The beams were jointed using
two cold-formed U steel profiles and timber cross
sections. The cold-formed section worked together with
the timber beam. Two mirror-inverted timber-steel
beams were fixed together with some bolts and
reinforced with steel plates on both sides. The
dimensions of the samples are shown in Fig. 2a. The
steel plates had the following geometrical characteristics:
1mm thick, 120mm width and 6m long. Both parts of the
timber beams were joined together using four steel bolts
with a diameter of 30 mm. These bolts were located at
the supports and loading zones of the beams. Additional
connection steel-timber is Hilti-nails. These nails were
located every 100mm along the transverse direction of
beams and on its length. The wood was stored at room
temperature and its moisture content was equal to 12 %
at testing.

a

en ing test specimen imensions

imensions o the cross-section

c est set-up
Fi . 2. Geometry of the tested specimens [1].
(b). FE model
For reasons of symmetry in both geometry and
loading, only a quarter of beam was discretized using a
C3D8R element as shown in Fig. 3. The FE mesh
consisted of 1800 brick elements type C3D8R with
reduced integration. The FE mesh of steel plates and U
steel profiles consisted of 960 shell elements type S4R
(4-node shell element with six degrees of freedom per
node and reduced integration). The nails were modelled
with spring elements available in ABAQUS/Explicit.
The slip modulus of a connection, whose values are
given in EC5 [24], Kser, was taken as:

K ser =

1,5
m

d
23

(27)

where ρm= 480kg/m3 is the density of the timber and
d=2mm is the diameter of the nails.
The FE model and boundary conditions are shown
in Fig. 3. Contact between all the components, wood and
steel, was modelled using Coulomb’s friction law with a
coefficient µ=0.21.
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Fi . 3. FE Model.
The loading was applied as an imposed
displacement at a rate of 1mm/min. The different
material properties and parameters for wood are listed in
Table 1.
Ta l 1. Material properties for wood.
Elasticity E1=12.1GPa
ν12=ν13=0.29
E2=E3=0.64GPa ν23=ν32=0.012
G12=G13=0.54GPa
G23=0.24GPa
Plasticity σyield = 5.3MPa
Q=147.5MPa; b=17.3
F=G=H=0.5; L=M=N = 1.5
Damage
S=0.01MPa
s=1.3
The steel forming the U-steel profiles and plates
was considered as isotropic, and the material behaviour
law was introduced in the form of an experimental
stress-strain curve. The main material properties for steel
are listed in Table 2.
Ta l 2. Steel constants.
Elasticity
Plasticity
E=210.GPa
σ yield=230.MPa
ν
=0.3
(c). Results and discussion
The global responses of the model in terms of load
versus displacement curves are given in Fig. 4, where
experimental and predicted curves for both uncoupled
and coupled cases were compared. For the uncoupled
case, no hardening saturation was observed until the
displacement reached a relatively high value of 5.4cm.
For this displacement level, the load reached F=53.9kN,
which is in good agreement with the experimental
curves, especially in the hardening stage where the
ductile damage is very small. For the coupled solution,
as the loading became important, the high stresses spread
over the lower part of the sample and the damage
increased rapidly (see Fig. 6). However, the predicted
results given by coupled model agreed very well with the
experimental ones.

Fi . 4. Comparison of experimental and numerical
load–displacement curves.
Table 3 shows the experimental and predicted
maximum forces at rupture. The coupled model
predicted accurately the maximum displacement at
failure as well as the exact moment at which the first
cracks occurred. In view of these results, it is clear that
only numerical modelling can predict accurately the
behaviour of timber-steel-hybrid beams in bending.
Ta l 3. Maximum loads and displacements
recorded at failure.
Experiment Numerical
Displacement v[cm]
4.7
4.8
2.2
Δv/v [%]
Load F[kN]
49.9
50.2
0.6
ΔF/F [%]
Fig. 5 shows stress and damage contours at
different deflections values, namely at v=2cm, at v=4cm,
and at the final fracture v=4.8cm. At displacement
v=2cm, see Fig. 5a, the control specimen showed the
typical stress distribution of a homogeneous beam,
where the neutral axis is clearly visible. The equivalent
stress was around 5.3MPa, while the damage was
negligibly small, reaching only a value of D=0.04. At a
displacement of 4cm, see Fig. 5b, the compressive zones
increased (σ=5.4MPa) in size as did the damage which
reached a value of D=0.4. Beyond this point, damage
predominated. At a displacement v=4.8cm, the damage
parameter reached the maximum value of D=1, and the
stresses vanished in the cracked zones as shown in Fig.
5c. We can note that the damage began at the
intersection of the two shear bands located in the zone of
the loading region, and propagated parallel to the
principal load direction. The results shown in Fig. 5
demonstrate the capability of the model to predict when
the damaged zones appeared in the timber element
during loading.
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Equivalent stress

Equivalent stress

a

Damage
ertical isplacement

cm

c

Damage
ertical isplacement

cm

Fi . . Equivalent stress and damage at different
displacements only in the timber part.

Fig. 6 shows the changes of both equivalent stress
and damage as a function of the plastic strain in the
timber element. The stress was linear up to a value of
0.01% (σ=5.2MPa). Beyond this point, the curve became
nonlinear up to a total plastic strain of about 2%, and the
effective stress stabilised at a value of σ=5.4MPa until
the plastic strain reached 7.3%. Up to this point, the
damage was negligible. Then, the latter suddenly
increased to reach the value of unity, and therefore the
effective stress vanished. This finding clearly reveals
that failure resulted from initiation, growth and
propagation of ductile defects inside narrow shear bands
in which the plastic strain was highly localized.

Equivalent stress

Damage
ertical isplacement

cm

Fi . . Effective stress and damage versus plastic strain
only in the timber part.
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A comparison between numerical and experimental
failure is shown in Fig. 7. It can be seen that the model
correctly predicted the damaged zones.

a

im er part

periment

c

teel part

Fi . . Comparison between simulated and experimental
failures.
The stress fields observed on U-steel profiles and
steel plate at the moment of the failure are shown in
Fig. 7c. The U-steel profiles and steel plate were
submitted to higher stresses, σ=260MPa, than the timber
specimen, σ=5.4MPa (Fig. 5c). They deformed
plastically as shown in Fig.7c.
The simulated results demonstrated the capability
of the coupled approach to predict where and when the
damaged regions appear in the bending tests of the
timber-steel-hybrid beams.

CONCLUSION
A coupled model accounting for anisotropic plastic
flow, non-linear isotropic hardening and isotropic ductile
damage under large plastic deformation has been used in
order to simulate numerically 3D timber-steel hybrid
beams. Numerical implementation has been made within
ABAQUS/Explicit FE software using an implicit
Newton-Raphson scheme together with a Dynamic
Explicit resolution strategy (DE).
The simulated results were compared to
experimental data. The simulation correctly reproduced
the experimental behaviour of 3D timber-steel hybrid

beams in bending, and evidenced the effects of ductile
damage on the distribution of mechanical stresses. FE
simulation showed that the model is capable of
estimating the maximum strength required for bending
test. Compared to experimental results, the simulation
was very realistic, and predicted very well the failure
zones.
Further work is still required in order to introduce
other effects concerning the mechanical behaviour of
wood, such as damage-induced anisotropy and moisture
effects. A 3D adaptive meshing procedure is also
required for improving the analysis of the flexural
strengthening of timber-steel hybrid beams.
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BENDING OF WOODEN BASED HYBRID BEAMS:
EXPERIMENTAL ANALYSIS
Barbara Šubic1, Gorazd Fajdiga2, Jože Lopatič3

ABSTRACT: In this study 4-point bending test analysis of aluminium-wooden hybrid beams was conducted. Beams
with four different cross sections were examined. The goal was to improve the bending stiffness and load-bearing
capacity of wooden window beams in big-sized windows, with heights of three meters or more. Cross sections with
twelve reinforcements, six of them installed in the tension and six in the compression region, showed the biggest
improvement of bending stiffness (29 %) and load-bearing capacity (45 %), compared to unreinforced samples.
KEYWORDS: wooden windows, hybrid beams, experimental analysis

1 INTRODUCTION 123
The market share of wooden and wooden-alu windows
in EU is small (20 %) compared to PVC windows share
(75 %) [1]. Encouraging information is that it has been
increasing for the last five years. Due to sustainability
reasons, it is to be expected that the share will increase in
the future even more. Wooden windows are often
demanded in national renovation schemes of public and
private buildings, but are also often used as an
architectural element for prestige private houses.
Wooden windows with height of over 3.5 m, with slim
profiles (Figure 1), are desired and wooden window
industry is in search for innovative solutions how to
make such wooden profiles which would limit bending
deflections, performed by the wind loads.
The study that was conducted by Biotechnical faculty,
Faculty of Civil and Geodetic Engineering on University
of Ljubljana and company M SORA d.d, investigated the
improvement of bending strength and maximal
deflection, when wooden-window beams are reinforced
with stiffer material (AlMgSiO - aluminium, carbonfiber reinforced profiles – CFRP or glass-fiber reinforced
profiles – GFRP) – also named hybrid beams.
Many studies have already researched bending stiffness
and load-bearing capacity of hybrid beams;
experimentally, analytically and/or numerically. In most
studies much larger cross sections were used [2,3] and
1
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reinforcements were placed on the outside of the wooden
element [2,3,4,5]. Hybrid beams used for window
production needs to have no visible reinforcements and
they are of much smaller dimensions (68 x 84 mm, width
x height, is one of the most common).

Figure 1: Window element with height of 4.9 m

In the first step of the study, which is also presented
here, aluminium compound material was used as a
reinforcement. The goal of the study was to define how
dimensions, position, shape and number of
reinforcements affects bending stiffness and loadbearing capacity of the beams.
Experimental results were conducted to form a base
platform for validation of a numerical model for static
and dynamic analysis of hybrid beams. The numerical
model will present a strong, useful tool for further
scientific analysis as well as for daily practical use in
research and development departments of window
industry.
All decisions (type of adhesive, number and position of
reinforcement and choice of material) were made, not
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only according to mechanical criteria needed, but also
with strong emphasis on production feasibility and cost
effectiveness.

2 MATERIALS AND METHODS
2.1 MECHANICAL PROPERTIES OF
MATERIALS
2.1.1 Properties of wood
Most common wooden species used in year 2015 in
window manufacturing industry were: Norway spruce
(Picea abies), larch (Larix sibiricus), oak (Quercus), red
grandis (Eucalytus grandis) and thermally modified
spruce (TMS) in proportion visible on the Figure 2 [6].
Norway spruce is mostly used due to its large
availability on the market, short transportation costs
from forests to production sites, easy processing, its low
thermal conductivity and last but not least its low
density, which effects the weight of the window and
consequently its long-lasting functionality. The
disadvantage of Norway spruce is its decreased
mechanical properties in comparison to other wood
species used for windows manufacturing (larch, oak, red
grandis) [7].
Oak
3%

Larch
23%

Red grandis,
TMS
3%

treated with special adjusted anodized treatment (H1010), defined in previous analysis of bond itself [11].
2.1.3 Properties of adhesives
For this study, pre-analysis of proper adhesive selection
was performed [11]. It had to be suitable for bonding
wood-wood, wood-aluminium, wood-CFRP and woodGFRP. Decisive parameters for further usage were:
tensile shear strength, bonding strength with all different
materials, cost-effectiveness and applicability. Six
commercially available adhesives (three two-component
epoxy: EP1, EP2, EP3 and three two-component
polyurethane: PU1, PU2, PU3) were selected. Tensile
shear strength of all of them was defined according to
EN 1465:2009 [12], with tensile lap-joint tests, on
aluminium samples. PU3 adhesive had the greatest
experimentally determined shear strength (11.2 N/mm2)
and was used for further analysis of bonding strength
between wood and reinforcing materials according to
standard EN 205:2003 [13].
2.1.4 Hybrid beam samples preparation
All scantlings in windows industry are prepared from
three or more lamellas (normally each 24 mm high),
bonded together. Orientation of wood in lamellas is
visible from Figure 3. Applied load was affecting beams
in tangential direction (samples A, B and C), except for
samples D, where it was affecting wooden grains in
radial direction.

Norway
spruce
71%

Figure 2: Wood species used for window fabrication (M
SORA’s wood consumption analysis 2015)

Norway spruce was also used as a basic material in all
beam samples prepared for this study. Beams were
manufactured from lamellas with an average 12 %
moisture content and 517 kg/m3 density.
2.1.2 Properties of reinforcements
In order to improve bending stiffness of hybrid beams,
material with higher modulus of elasticity should be
used. Longitudinal modulus of elasticity of CFRP,
aluminium and GFRP in comparison to Norway spruce
is higher for 10, 5.9, and 3.2 times, respectively [8, 9,
10]. This study was limited on analysis of hybrid beams
reinforced with aluminium. In further analysis CFRP and
GFRP materials will be used, mostly due to their better
thermal characteristics, better mechanical properties and
easier profiling in production. Their disadvantage is
much larger price, which can strongly influence their
applicability. To improve adhesion strength between
aluminium and adhesive, aluminium surface was pre-

Figure 3: Cross sections of samples A, B, C, D

Several criterions were considered, when defining hybrid
beams composition:
- In order to improve bending stiffness and
flexural capacity, reinforcements should be
placed in the maximal tension and compression
zone, as far away from the neutral axis as
possible [2-5],
- No reinforcement should be visible, when
window is completed – aesthetic criteria,
- Dimensions and material of reinforcements
were taken from standard available products on
the market to decrease productivity costs,
- Production feasibility,
- Maximal improvement of moment of inertia
should be achieved with proper orientation of
reinforcements and their number.
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Decision was made to prepare all samples in cross
section 84 x 68 mm (width x height), while this is most
common used window beam (scantling). Samples A
were unreinforced (reference) samples. In samples B,
two reinforcements (80 x 4 mm, width x height) were
placed in the pre-milled grooves (81 x 5 mm) in the
contact regions of two neighbouring lamellas. Samples C
had six reinforcements (3 x 20 mm, width x height)
placed in the upper lamella, and six in the lower lamella.
Both lamellas were pre-milled with grooves of 4 x 21
mm, for installation. Decision for preparation of samples
D was made after experimental analysis of Series 1 was
finished in order to additionally compare the influence of
different reinforcement orientations on bending stiffness
and load-bearing capacity. Samples D did not fulfil
criteria of nonvisible reinforcements. Characteristics of
all experimental samples are shown in Table 1, prepared
samples of Series 1 are shown in Figure 4.

were tested on test field T1 (Figure 5), twenty (Series 2)
on test field T2 (Figure 6). There were different spans
(L) and lengths of the middle areas (l) with constant
bending moment, on both test fields. Simply supported
beams of Series 1, tested on test field T1, were 1950 mm
long and had a span of L=1750 mm. Forces P/2 were
placed a=500 mm from beam supports, 750 mm apart
(Figure 5). Simply supported beams of Series 2, tested
on test field T2, were 1950 mm long, with a span of
L=1850 and with loads P, which were placed a=625 mm
from the beam supports. Forces P/2 were l=600 mm
apart (Figure 6). With decreasing the distance between
the loads and increasing span distance we have increased
bending moment. This step was made in order to
decrease the probability of failure mechanism caused by
shear stresses. All samples had the same width (b=84
mm) and height (h=68 mm).

Table 1: Characteristics of beam samples

A21-A25
*B21-B25
C21-C25
A26-A210
B26-B210
C26-C210
D21-D25

b x h x L [mm]
84 x 68 x 1950
84 x 68 x 1950
84 x 68 x 1950
84 x 68 x 1950
84 x 68 x 1950
84 x 68 x 1950
84 x 68 x 1950

Number of
samples
5
4
5
5
5
5
5

Series
S1
S1
S1
S2
S2
S2
S2

Reinforcement
Dimension
Percentage
b0 x h0 [mm] Number of reinf. [%]
0
0
0
80 x 4
2
11,2
3 x 20
12
12,6
0
0
0
80 x 4
2
11,2
3 x 20
12
12,6
4 x 68
2
9,5

Figure 5: Schematic diagram of 4-point bending test T1

*B24 was excluded from data analysis due to its different dimension (84 x 65 mm)

All wooden lamellas (88 x 24 mm) as well as
reinforcements were bonded with PU3 adhesive. For
samples B and C pre-milled grooves were prepared in
lamellas. Adhesive was applied in grooves and
reinforcements were manually inserted.
Aluminium, as well as wood surfaces, were brushed and
cleaned with primer prior to bonding in order to prepare
best adhesion surface. Reinforced hybrid beams were
pressed together for 3h in pressing machine, with
pressure of 50 bars. Afterwards curing continued for
next 7 day in area with average air humidity RH=52 %
and average air temperature 22.3 °C. Cured beams (A, B,
C, D) were shaped from rough dimensions 88 x 72 mm
to even, square beams of end dimensions 84 x 68 mm.

Figure 6: Schematic diagram of 4-point bending test T2

Figure 7: Testing apparatus

Figure 4: Prepared samples of Series 1

2.2 EXPERIMENTAL ANALYSIS
2.2.1 Test field configuration
Thirty-four beam samples, with characteristics showed
in Table 1, were prepared. Fourteen of them (Series 1)

2.2.2 Experimental work
4-point static bending tests (till failure) were performed
using universal servo-hydraulic testing machine Roel
Amssler HA 100 (Figure 7). Loading of test samples was
controlled in displacement control mode, with rate of
actuator movement (stroke) 0.1 mm/s, till failure. In the
region between the loads bending moment was constant,
shear force was zero and deflection was caused by
bending moment only. On each sample deflections on
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Figure 8: Test configuration

six points were measured using linear voltage
displacement transducers (LVDTs) (Figure 8). Absolute
deflection w was calculated as an average value from
deflections of LVDTs IND 16 and IND 17 in the
midspan. Absolute deflection w1 was calculated, as an
average value of LVDTs deflections IND 1 and IND 2,
measured below loading points. Relative deflection was
calculated as an average value of LVDTs deflections
IND 101 ans IND 103. In this study only results w were
analysed. All physical properties (displacements, strains
and force P) were measured and recorded by data
acquisition system Dewesoft DEWE 2500. The strain of
wood was measured with strain gauges placed two on
the top surface and two on the bottom surface in the
midspan on some samples.

21.5 mm and 19.8 mm, respectively. Stiffness
improvement compared to reference sample A were
33 % for sample B and 39 % for sample C (Figure 9).
Hybrid beams B had lower average load-bearing
capacity than reference sample A. The reason lies in big
shear stresses, which caused shear failure mechanism of
all four samples of series B, before flexural capacity was
reached. Samples C had improved load-bearing capacity
for 33 % (Figure 10).

3 ANALYSIS OF THE TEST RESULTS
Experimental results of midspan deflection at force
P=10 kN and load-bearing capacity (Pu), for both Series,
are shown in Figures 9 and 10. Comparison of deflection
at force P=10 kN was selected, while load-deflection
relationships are, with all beam types, still linear.

Figure 9: Average midspan deflection and stiffness
improvement of beams A, B, C, D at force P=10 kN for Series 1
(S1) and 2 (S2)

At force P=10 kN average midspan deflections of hybrid
beam samples A, B and C of Series 1, were 32.2 mm,

Figure 10: Average load-bearing capacity (Pu) of beams A, B,
C, D and its improvement for series 1 and 2

At force P=10 kN average midspan deflections of hybrid
beams A, B, C and D of Series 2, were 42.0 mm,
30.1 mm, 30.0 mm and, 30.6 mm, respectively.
Improvement of stiffness of hybrid beams B, C and D
compared to beam A is 28 %, 29 % and 27 %,
respectively. Load-bearing capacity of tested samples A,
B, C and D (Series 2) was 14.5 kN, 17.2 kN, 21.1 kN
and 19.5 kN, respectively (Figure 10). The load-bearing
capacity was increased in all cases of reinforced beams
for over 18 %. Midspan deflection at failure load (Pu) for
beams A, B, C and D was 78.6 mm, 54.6 mm, 80.4 mm
and 81.7 mm, respectively. Maximal load-bearing
capacity was observed with hybrid beams C. It was
higher than maximal load-bearing capacity of beams A,
B and D for, 45 %, 23 % and 8 %, respectively.
It is evident that in both series the reduction of midspan
deflection of reinforced hybrid beams (B, C, D) is
improved compared to control samples A (Figure 9).
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wp. Comparison of effective modulus of elasticity and
stiffness factor for both Series is presented in Figure 12.
20,0

17,9

18,0

18,5
17,0

1,0

17,7

16,8

0,8

16,0
14,0

12,5

0,7

12,3

12,0

0,6

10,0

0,5

8,0

0,4

6,0

0,3

4,0

0,2

2,0

0,1
0,0

0,0

A (S1)

A (S2)

Eeff [GPa]

A – wood tension failure

B – shear strength failure

C – wood tension failure

D – wood tension failure

Figure 11: Typical failure mechanism of each sample type

The results in Table 3 show midspan deflection values
(wp, w1/3, wu) and their dependence of loads (P p, 0.33*Pu,
Pu). Proportional load (Pp) was defined as a maximal
load at the end of linear behaviour, load 0.33*P u was
defined as one third of the ultimate load and Pu as an
ultimate (failure) load.
Load at proportional level is defined as the elastic limit
between linear-elastic and elasto-plastic behaviour. It
can be seen that proportional load (P p) in comparison to
maximal load (Pu) of beams from Series 1 was: 68 % (for
beams A), 80 % (for beams B) and 64 % (for beams D).
By beams B and C from Series 2 linear behaviour ends
at approximately the same value P=14 kN, but differs
greatly in maximal failure load (17.2 kN for beam B
versus 21.1 kN for beam C). Plasticity can also be
described with stiffness factor k1/3/ku, where factor 1
describes linear elastic behaviour till failure. The bigger
the factor, the stronger the plasticity.
From proportional load (Pp) and deflection (wp),
modulus of elasticity (Eeff) was calculated according to
equation 1 [3].
(1)
where Eeff is the modulus of elasticity (GPa), Pp is the
proportional load (kN); a is the distance between support
and load Pp/2 (m); I is the moment of inertia of gross
cross section (m4), wp is the mid-span deflection at
proportional limit (m) and L is the beam span (m). In the
calculation of modulus of elasticity (Eeff) we have
neglected the influence of shear stress on the deflection

0,9

Stiffness factor

Effective modulus of elasticity Eeff

Load-bearing capacity of reinforced hybrid beams was
also improved, compared to control samples A, by all
samples, except by samples B from Series 1 (Figure 10).
The biggest standard deviation of midspan deflection
was observed in both series with hybrid beams A. This
was expected, since these samples were made solely of
wood, which is inhomogeneous material, with high
variety of density and different grain orientation. Typical
failure mechanisms of each sample type are presented in
Figure 11.

B (S1)

B (S2)

k1/3 [kN/mm]

C (S1)

C (S2)

D (S2)

kmax [kN/mm]

Figure 12: Comparison of effective modulus of elasticity
and stiffness for samples from both Series 1 and 2
Effective modulus of elasticity (Eeff) of samples A
(control samples, made of wood only), is typical
modulus of structural timber, classified as C30 [14].
Improvement of effective modulus of hybrid beams of
Series 1, in comparison with beams A, is 43 % for beams
B and 48 % for beams C. Improvements of effective
modulus of elasticity of hybrid beams of Series 2, in
comparison with beams A, is 37 % for beams D, 38 %
for beams B and 44 % for beams C. The biggest Eeff in
both Series was expected and confirmed in samples C.
Maximal Eeff with samples C is also the consequence of
biggest reinforcement area (12,6 % of gross crosssectional area) and proper choice of orientation and
position of reinforcements, with which effective moment
of inertia has been improved mostly.
From Table 3 it is evident that beam type A has the
smallest stiffness and smallest modulus of elasticity.
Beam type B has almost linear behaviour till failure.
Beam type C has the biggest stiffness (k1/3) and maximal
flexural capacity (Pu) and beam type D is beam with
largest plastic behaviour and second best flexural
capacity.
Samples B of both Series exhibited the lowest plasticity
and have almost linear behaviour till failure (Figures 13
and 14). Typical failure mechanism of samples B is
instant shear failure – adhesion failure between wood
and aluminium reinforcement, either in compressive
stress area or tensile stress area of the beam. Samples A
and C have similar elasto-plastic behaviour in both series
and same failure mechanism – tension failure in tensile
wooden part. Samples D show the strongest elastoplastic behaviour and all of the samples have had failure
in tensile region.
The load-midspan deflection relationships for all
samples of Series 1 are presented in Figure 13 and for all
samples of Series 2 in Figure 14. Here can also be once
more observed that results of both series are most
scattered for samples A. Comparison of load-midspan
deflection graphs, for different samples A, B, C and D,
shows apparent lower stiffness of beams A. Stiffness of
samples B and C (Series 1) and samples B, C, D (Series
2) is comparable, but load-bearing capacity differs
reasonably. Nevertheless, it is evident that samples C
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Series 2

Series 1

Table 3: Summary of experimental results of 4-point bending tests of samples A, B, C, D (for both series of samples S1 and S2)
Specimen no.
A21
A22
A23
A24
A25
B21
B22
B23
B25
C21
C22
C23
C24
C25
A26
A27
A28
A29
A210
B26
B27
B28
B29
B210
C26
C27
C28
C29
C210
D21
D22
D23
D24
D25

At proportional limit
P p [kN]
wp [m] E [GPa]
8.8
14.0
13.0 12.7
39.4
12.5
15.5
12.0
13.4
17.2
30.9
17.9
14.3
14.5
12.1
12.4
15.0
33.2
18.5
18.1 15.9
13.6
20.5
10.1
10.6
43.3
12.3
10.0 10.3
11.0
9.8
11.9
15.5
15.0 14.0
42.5
17.0
13.8
14.0
13.3
14.2
13.2 13.9
40.6
17.7
14.0
14.8
11.7
12.1
11.5 11.8
36.2
16.8
11.8
11.8

0,33*P u [kN]
4.5
6.7
6.4
7.1
6.2
6.0
7.1
5.6
4.0
4.1
9.7
8.5
7.9
11.1
4.5
4.5
5.4
5.1
4.6
4.3
6.7
5.4
6.0
6.2
6.3
7.6
6.7
7.3
7.2
6.7
6.7
6.5
6.0
6.5

At 0,33*P u
w1/3 [mm] k1/3 [kN/mm]

19.5

0.32

12.1

0.48

17.0

0.47

20.0

0.24

17.3

0.33

20.8

0.34

20.0

0.32

P u [kN]
13.6
20.1
19.3 18.6
21.4
18.6
18.1
21.3
17.1
16.9
12.1
12.4
29.2
25.4 24.7
23.6
33.2
13.5
13.6
16.3 14.5
15.4
13.7
13.0
20.1
16.2 17.2
18.1
18.5
18.8
22.7
20.1 21.1
22.0
21.7
20.2
20.2
19.5 19.5
18.1
19.5

At ultimate limit
wu [mm] ku [kN/mm]

P u,i/P u,A [-]

Comparison
P p/P u [-]
k1/3 / ku [-]

wu/wp [-]

67.4

0.30

-

0.68

1.13

1.68

37.5

0.46

0.92

0.84

1.04

1.20

58.2

0.44

1.33

0.64

1.10

1.70

78.6

0.19

-

0.71

1.29

1.83

54.6

0.32

1.18

0.82

1.04

1.28

80.4

0.27

1.45

0.66

1.27

1.97

81.7

0.24

1.35

0.60

1.34

2.26

Figure 13: Load-midspan deflection relationship for beams A, B and C of Series 1, on test filed T1 (* 50mm as full range of
transducers reached)
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Figure 14: Load-midspan deflection relationship for beams A, B, C and D of Series 2, on test filed T2

from both Series have the biggest stiffness and largest
load-bearing capacity. With Series 1 the smallest
plasticity was with samples B (1.04) and the biggest with
samples A (1.13). With Series 2 the smallest plasticity
was again with beam samples B (1.04) and the biggest
with beam samples D (1.34). Same trends can be seen
also through factors wu/wp. The bigger the factor the
bigger the plasticity.

4 CONCLUSIONS
Hybrid beams with different cross-sections were
experimentally analysed to define bending stiffness and
load-bearing capacity improvement, compared to
unreinforced wooden beams, normally used for window
production. Beams C, of Series 1 and 2, improved the
most compared to beams A; from 29 to 39 % in lower
midspan deflection and from 34 to 45 % in load-bearing
capacity.
All results presented here are making the platform for
decisions of choosing proper orientation, number of
reinforcements and their position in real-life window
profiles (Figure 15). Following study will include
numerical modelling of reinforced hybrid beams and
window profiles also with CFRP and GFRP. While
searching for optimal hybrid beams, manufacturing
limitations will be considered; avoiding contacts of
reinforcements with machinery blades, having enough

space for corner joints with dowels. Since window
presents 50 % of all transmission losses on the building
envelope [15] thermal characteristics of windows frames
should not be neglected. Eventually a window in height
of 3.0 m will be produced and experimentally tested to
verify numerical model and to test feasibility of
producing windows with optimal hybrid beams.
Finally the effect of reinforcements on the total bending
stiffness and strength of the whole window will be
researched. It is expected that the latest parameter
heavily depends also on the adhesive system used in
connection of glass and wooden frame [16]. Optimal
hybrid window profile (Figure 15) will be defined,
produced and tested with static and dynamic loads till
failure.

Figure 15: Examples of reinforced window profiles
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FOLDED FABRICATION OF FRP-TIMBER THIN-WALLED BEAMS WITH
NOVEL NON-UNIFORM CROSS-SECTIONS
Benjamin J. Hansen1, Jonathan Tan2, Joseph M. Gattas3, Dilum Fernando4,
Michael Heitzmann5
ABSTRACT: An interdisciplinary research collaboration at the University of Queensland (UQ) has pioneered an
innovative cured-in-place manufacturing process that enables new material and geometric possibilities in the design of
hybrid FRP-timber thin-walled structures. The cured-in-place process utilises a flat, fibre-reinforced polymer (FRP)
embedded with a fast-curing ‘panel’ resin and a slow-curing ‘fold-line’ resin. The panel region is bonded to a timber
segment that enables complex thin-walled profiles to be easily formed by folding cured panel regions about partiallycured fold-line regions. This paper explores application of this folded fabrication technique to the manufacture of novel
origami-inspired beams with non-uniform cross-sections. An experimental analysis is conducted comparing a typical
rectangular hollow section and an equivalent curved-crease origami spindle beam. The spindle beam is seen to have a
substantial increase in strength and stiffness compared to the rectangular hollow section, but exhibits several complex
failure modes including local buckling and delamination.
KEYWORDS: hybrid materials, thin-walled timber, curved crease origami, folded structures

1 INTRODUCTION12
1.1 Hybrid Timber Materials
Fibre-reinforced polymer (FRP) composite materials
have seen a recent surge in interest as a structural
material due to advancements in manufacturing methods
and increasing use of prefabrication in the building
industry [1]. Current research is discovering the potential
of these composites in hybrid systems, which are those
made up of two or more individual materials bonded
together in such a way to act as one. Widespread
examples include FRP-concrete [2] or FRP-steel [3]
however a hybrid material of recent and growing interest
is FRP-timber, due to a rise in demand for sustainable
building design.
The structural use of FRP with timber has predominantly
been concerned with the strengthening/retrofitting of
existing timber structures [4,5]. These studies have
shown that with a small amount of FRP material, both
strength and ductility of damaged timber structural
elements can be significantly improved [6,7]. A small
number of studies have examined the use of FRP with
timber in new construction [8, 9, 10]. FRP was shown to
significantly enhance the structural performance of low
quality wood.
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In the Australian context, development by the forestry
industry and government-sponsored incentives has led to
an increase in hardwood plantation capacity and an
increase in demand for value-added manufacturing
processes. Systems have therefore been developed that
utilize using low-value hardwood stems harvested from
plantation thinning [11]. These are termed veneer-based
composites (VBC) and have been utilized as thin-walled
hollow sections to replace old hardwood utility poles
[12]. An extended class of hybrid FRP-timber (HFT)
thin-walled structures have also been developed, with
HFT thin-walled sandwich wall panels seen to have a
strength significantly exceeding pure timber and
comparable with comparable commercial steel systems,
while being far lighter [13]. HFT sections use thin timber
veneers with grains parallel to the longitudinal axis and
with FRP orthogonal to this axis or bi-directional. This
arrangement is highly efficient in terms of structural
performance and also reduces the manufacturing effort,
with veneers bent along their weak direction to form
sectional geometry. However, for HFT systems
compression moulding is necessary, which increases
manufacturing expense and limits the geometry and
thickness of the material.
1.2 Origami-Inspired Folded Structures
Engineers have long known that thin-walled plates can
be folded to increase a shell’s second moment of area
and bending stiffness. Origami-inspired engineering is a
rapidly growing research field that investigates how
advanced folded geometries can be used to create or
improve other mechanical behaviours [14]. The use of
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developable folded patterns additionally allows origami
engineers, through folding, to efficiently and easily
manufacture applications that possess these improved
behaviours. Current applications are already seen in
deployable and modular housing [15]; energy-absorbing
packaging and barriers [16]; and lightweight automobile
and aircraft components [17].
Curved-crease origami is a family of striking patterns
that are typically employed for bespoke architectural and
packaging applications [18]. Manufacture of these
patterns is challenging, with the only current option for
mass-production being a specialist robotic fabrication
process for folding aluminium panels. This method must
first score a crease line in the panel and produces
relatively weak elements, and so applications have thus
primarily been found in façades and sculpture [19]. A
small range curved-crease components have been
manufactured for building use, including curved-crease
plywood roof and beam concepts [20] and a corten
pedestrian bridge in Munkzwalm, Belgium [21], but the
complexities of the interdependency between folded
geometry and structural performance mean that the
potential for such geometries is still largely unexplored.
The following paper is a preliminary initial investigation
into the hypothesis that curved-crease folded geometries
possess mechanical behaviours advantageous for thinwalled structural engineering applications, namely
elastic buckling failures suppressed by local panel
curvature; and bending efficiencies arising from global
profile
non-uniformity.
A
geometric
design
parameterization and manufacturing method is first
presented to enable fabrication of curved-crease profile
geometries. An experimental study is then presented to
compare the performance of a curved-crease profile and
an equivalent conventional profile under three-point
bending. Numerical investigations are then presented to
gain a preliminary insight into the behaviours exhibited
during testing, followed by discussions and conclusions.

2 DESIGN AND MANUFACTURE
2.1 Design
Typical thin-walled beams have a uniform cross-section,
with a corresponding uniform bending moment capacity.
However, many beam design loads are non-uniform over
the length of the beam, for example a simply-supported
beam with an applied point load will have a bi-linear

moment distribution over the length of the beam. The
folded fabrication method allows manufacture of beams
with non-uniform cross-sections which are able to match
a non-uniform design load and so create a more
economical use of constituent material.
An initial investigation into the performance of such
beams was conducted with an experimental analysis
comparing a typical rectangular hollow section (RHS)
and an equivalent curved-crease origami spindle beam.
Geometric definition of these profiles is as follows. A
polygonal thin-walled element can be parametrically
defined from four parameters: side length s, number of
sides N, element length L, and edge angle η as shown in
Fig. 01a. A closed regular polygonal profile occurs when
η=π(N-2)/N. This has an edge perimeter length P=4s and
material area A=PL. The RHS geometry was defined
with depth s1=150mm, base s2=100mm, length
L=1000mm, sides N=4, and closure angle η=π/2.
The geometry required for the spindle beam is a
constrained configuration of the curved-crease ‘CC-Arc’
origami pattern developed in [22]. This geometry can be
uniquely defined with seven independent parameters,
which can be understood as an extension of the regular
polygonal cross-section as follows. A straight-crease
origami pattern exists as shown in Fig. 01b that
possesses developability and rigid-foldability, the ability
to fold without stretching or distortion of pattern panels.
This requires two additional parameters compared to the
polygonal profile: lateral panel count M and sector angle
ɸ. Dependence between parameters and coupling
between unfolded and folded geometry is derived in
[23]. A single additional gradient parameter φ can then
be used to project an elliptical surface around a straight
crease pattern to form a curved-crease profile as shown
in Fig. 01c. This is a geometric projection only, i.e. an
approximate surface shape is assumed without
accounting for elastic or plastic bending energy, however
this simplification enables a rapid, seven-parameter
definition of the shown curved-crease surface. The
spindle constraints are as follows: a four-sided closed
section so N=4 and η=π/2; and a single elliptical curve
so M=2 and φ=φmin, with the lower bound given by
equations in [22]. A beam configuration with a target
length and material area creates two further constraints,
leaving one free parameter which may be used for
geometric optimisation of structural behaviours.

Figure 01: Geometric formulation of a) polygonal, b) straight-crease origami, and c) curved-crease origami thin-walled sections.
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Figure 02: Innovative folded FRP-timber manufacturing process. a) Application of slow-cure resin to hinge regions. b) Application
of fast-cure resin to panel regions. c) Application of thin plywood panels. d)-e) Folding following initial 3 hour cure. f) Final folded
prototype.

Figure 03: Perspective, plan, and elevation views of 1m long folded FRP-timber prototypes. a) Curved-crease spindle beam. b)
150x100 RHS beam.

2.2 Manufacture
The problem of efficient manufacture of curved-crease
geometries at large scale was solved with the
development of an innovative, cured-in-place
manufacturing process. A flat FRP sheet is embedded
with a slow-curing resin along fold line regions in an
unfolded beam geometry, shown in Fig. 02a. The
remaining FRP is embedded with a fast-curing resin,
corresponding to panel regions as shown in Fig. 02b.
Timber panels are additionally applied for precise
control of folded hinge width, which is difficult to
dictate with FRP alone due to resin bleed, shown in Fig.
02c.
An initial folding stage utilises the differential curing
time to fold the 3D structure after the panels are fully
cured, but before the fold lines are cured. Once folded,
the fold line region also undergoes crosslinking resulting
in a completely rigid structure. This is a substantial
improvement
over
current
composite
folding
technologies where either a dry fabric [24] or an
elastomeric material [25] is used in the area of the fold
lines, which forms permanently weak regions in the final
folded structure. The complete folding sequence is
shown in Fig. 02 d-f.
A curved-crease spindle beam and a rectangular hollow
section (RHS) were designed to use the same material
volume of material and same 1m folded length. They
were manufactured with a single-layer bi-directional 2x2
twill woven glass fibres of a 285gsm fibre density in

each direction and 1.5mm thick plywood sheets, attached
as described above with Ampreg 22 Fast and Slow
hardeners. Beams are shown in Fig. 03.

3 EXPERIMENTAL ANALYSIS
3.1 Testing Procedure
The beams were tested under simply-supported 3-point
bending with a clean span of 900mm between supports.
Prototype load-displacement curves were measured at
the loading machine cross-head and failure modes
captured with photographs but no other instrumentation.
The failed specimens are shown in Fig. 04a and key
values summarised in Table 01. Stiffness values were
taken as the gradient of a line of best fit through the
initial linear region of load-displacement curves.
3.2 Experimental Results
In directly comparing the key load-displacement values,
it can be seen that for the same weight of material, the
spindle is 30% stronger and 130% stiffer compared to
the RHS. The spindle additionally retains 75% of its
peak strength after failure, compared to 60% for the
RHS. Initial failures were observed as local web
buckling of the spindle beam and distortional buckling
for the RHS beam, shown in Fig 04b and d, respectively.
However, there was substantial interaction with
additional complex failure modes including FRP and
plywood fracture, shown Fig. 04c and e, respectively.

WCTE 2016 e-book | 4278

WCTE 2016
World Conference on
Timber Engineering

August 22-25, 2016 | Vienna, Austria

Figure 04: a) Load-displacement prototype responses. b) Spindle web delamination and buckling from bearing stresses. c)Spindle
flange delamination and plywood fracture. d) RHS asymmetric distortional skew failure. e) RHS FRP-hinge fracture and web/flange
buckling.

Figure 05 a) Potential corner alignment problems. b) Improvement with panel chamfers.
Table 1: Summary of experimental results

Prototype
RHS
Spindle

Peak Load
(kN)
1.9
2.5

Stiffness
(kN/mm)
0.277
0.635

The extent to which the complex failures affected the
relative performance of the sections cannot be readily
interpreted from data collected at this early stage.
However, the bond failure and corner fibre fracture
modes suggests that manufacturing can be improved to
prevent or delay them, particularly with respect to the
hinged-FRP interaction in the region of section corners.
This is also highly critical to structural performance, as
remaining thin-walled buckling modes are highly
sensitive to corner boundaries. Shown in Fig. 05a is the
corner interaction and alignment problems exhibited in
prototypes. Improved corner configurations are shown
in Fig. 05b. Chamfered inside plate edges prevent
internal misalignment and chamfered outside plate
edges create a reduced outside corner rotation angle
and thus improve fibre stress continuity around
corners. These techniques will be explored and used in
future prototypes.

4 PRELIMINARY NUMERICAL
MODELLING
The prototypes exhibited complex failures, however
the suppression of debonding failures through

manufacturing improvements will result in buckling
failures becoming the governing failure mode of HFT
thin-walled structures. These buckling failure modes
can only be understood with a comprehensive
investigation into the interaction between beam
geometry and the hybrid constituent material, which is
the subject of ongoing study. However, simple
numerical analyses can be conducted to gain a
preliminary insight into other interesting behaviours
exhibited in the tested thin-walled beam geometries. A
linear static analysis is first conducted to assess relative
stiffnesses attributable to cross-section variation. An
elastic buckling analysis is then performed to
qualitatively assess the effect of geometry on elastic
buckling loads.
4.1 Linear Static Analysis
The strong stiffness variation between tested
prototypes is likely to be attributable to a range of
factors, including: elastic bending and residual stresses
introduced into panel and hinge regions, respectively,
during manufacture; variation of material stiffness
from inclination relative to the beam axis; and variation
of geometric stiffness from change in cross-sectional
dimensions along the beam axis.
Regarding the lattermost factor, a linear static analysis
can be used to gain some idea of the extent to which
the cross-sectional variation contributes to the
exhibited stiffness difference between both beam types.
The RHS and spindle beams had uniform and nonuniform cross-sectional dimensions, respectively,
although with the same weight and length. The RHS
beam had a uniform 125mm deep x 75mm wide
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rectangular cross section. The spindle geometry had a
56mm deep x 144mm wide cross-section at ends which
varied up to a 144mm deep x 56mm wide cross-section
at mid-span.
A linear static analysis was conducted using 3D shell
geometry in commercial FE software ABAQUS. At
this early stage of analysis, many simplifying
assumptions were made in the finite element modelling
process. Therefore, quantitative evaluation of the
results is not possible. Nevertheless, a qualitative
comparison of the results will be possible and deemed
to sufficient to give early insight into geometryattributable behaviours.
Both RHS and spindle beams were modelled using
S4R shell elements. As the exact properties of the
material are unknown, isotropic properties with elastic
modulus 76GPa and Poison’s ratio 0.3 were assumed
for the GFRP-timber composite. Both members were
assumed to have perfect geometries. All translations
were fixed at one bottom end edge of each beam, while
vertical and transverse translations were fixed at the
other bottom end edge of each beam. Rotations about
the beam axis were fixed at both ends. Loading was
applied as a line load at the centre of each beam on the
top flange.
Beam displacement Δ is plotted with respect to axis
position x in Fig. 06b. The measured maximum
displacement of RHS and spindle beams is 2.42mm
and 2.88mm, respectively. The spindle beam is thus
stiffer than the RHS, but only by 19%. Note that due to
simplifying assumptions these values cannot be
compared directly to experimental results, which
showed a 129% difference between spindle and RHS
stiffnesses. However, the difference between numerical
and experimental relative stiffness values qualitatively
suggest that cross-section variation is a relatively minor
contributor to stiffness behaviours, and by implication
that other factors, for example manufacturing defects,

material variations from elastic bending, and residual
stresses, also play an important role. These behaviours
cannot be captured in the present numerical model but
are the subject of ongoing investigations using more
advanced techniques.
4.2 Elastic Buckling Analysis
An elastic buckling analysis was carried out to
determine elastic buckling loads. Three different
composite plate thicknesses, 1.8mm, 3mm, and 5mm,
were selected to investigate the effect of composite
plate thickness on the buckling load for each geometry.
Results of the numerical analysis for both beam
geometries and different thicknesses are given in Table
2, while the buckling modes shown in Fig. 07. Again,
simplifying assumptions were introduced in this early
stage of numerical analysis and so only qualitative
evaluation of results is possible.
For all models, elastic buckling failure was found to be
local buckling failure of the cross section at the midspan (i.e. at the loading point). When plate thickness is
1.8mm, spindle and RHS elastic buckling loads were
2.58 and 3.13 kN, respectively. Considering the slender
web of the spindle beam at mid-span compared to that
of the RHS beam, reduction in the local buckling load
in the spindle beam could be expected. However, in the
experiments, failure of RHS was governed by
distortional buckling. This could be due to initial
imperfections, which may have triggered the distortion
of the section, thus lowering the load carrying capacity.
When the plate thickness is increased to 3mm
thickness, failure mode of both beams remains as local
buckling but with the difference in the loading between
two geometries reduced to 3% and the RHS still
carrying a higher loading capacity. When plate
thickness was increased to 5mm, elastic buckling load
of the spindle beam was 2% higher than the RHS
beam.

Figure 06: a) RHS and Spindle beam geometries used for linear static analysis. b) Beam displacement versus axial position.
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a)

RHS beam- 1.8mm wall thickness

b)

RHS beam 3mm wall thickness

c) RHS beam with 5mm wall thickness

d)

Spindle beam- 1.8mm wall thickness

e)

Spindle beam- 3mm wall thickness

f) Spindle beam- 5mm wall thickness

Figure 07: Buckling shape and load comparisons of RHS (top) and spindle (bottom) beam geometries with different wall
thicknesses. a) and d) 1.8mm thickness. b) and e) 3mm thickness. c) and f) 5mm thickness.

Table 2: Summary of the elastic buckling analysis
results
Elastic buckling load,
%
KN
difference
Plate
thickness
Spindle
RHS
(PS-PR)/PR
beam, PS
beam, PR
1.8mm
2.58
3.13
-18%
3mm

13.98

14.46

-3%

5mm

67.40

66.35

2%

Qualitative analysis of the elastic buckling loads infers
that if local buckling is governing beam behaviour, for
slender plate elements the spindle geometry may not
yield significant benefits. However, when the plate
slenderness is reduced, the spindle beam could yield
higher load capacities than the RHS geometry.
Comparing the FE results and the experimental results,
both are consistent in showing that the spindle
geometry is effective when the global failure modes
govern
the
failure
of
the
member.
Several improvements to the above numerical methods
are required and the subject of ongoing research.
Material property testing is required to match the exact
properties of the composite. Geometric imperfections
were neglected in numerical models despite extensive
defects observed in experimental prototypes.
Improvements to manufacturing methods and
incorporation of defects in numerical models is
required to improve this. Finally, the curing of
adhesive and folding process are likely to introduce
residual stresses within the section, the effects which
were ignored in this study. Nevertheless, these
preliminary elastic analyses enabled several interesting
insights into geometry-induced behaviours and so the

various simplifying
appropriate.

assumptions

were

deemed

CONCLUSION
This paper investigated the use of a new folding
technique for hybrid FRP-timber materials in the
production of novel thin-walled structures. The specific
structure of interest was a curved-crease beam
geometry, which is analogous to a typical structural
rectangular hollow section except with a non-uniform
cross section over the length of the beam and panel
curvature.
Experimental analysis showed that for same weight of
material and length of beam, the curved-crease spindle
beam was 30% stronger and 130% stiffer compared to
the RHS. The spindle also retained a higher proportion
of its peak strength after failure. The range of complex
failure modes observed in experiments meant meant
that the observed structural behaviours are likely
attributable to a range of factors, including
manufacturing inconsistencies. Numerical linear static
and linear buckling analyses enabled a preliminary
insight into geometric-related performance factors.
Numerical results suggested that cross-sectional
variation is a minor contributor to the observed higher
spindle stiffness and that the spindle geometry is likely
to be more effective when global failure modes, rather
than local buckling modes, govern member failure.
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GROUTED JOINTS IN TIMBER ENGINEERING
Kay-Uwe Schober1, Wieland Becker2, Jan Weber3

ABSTRACT: The presented work is based on the grouting technology used in reinforced concrete structures, where
structural parts are force- and form-fit connected by a combination of starter bars and a back fitting grouting material.
The grouting joints follow this technology, where the joints are prefabricated and assembled first by technical approved
adhesives or screws. Afterwards on site, they are coupled with rods, straps or stamped parts and additional grouted. As
grouting material, a polymer concrete is used with high compression strength and high adhesive bond to timber as well
to steel. This paper presents first research results and possible applications offered by this technology.
KEYWORDS: Timber joints, connecting systems, grouting technology, polymer concrete

1 INTRODUCTION 1 2 3
The use of timber in structures has become increasingly
important, considering that it is the only truly renewable
building material. One approach which offers potential
for increased use of timber involves the notion of hybrid
timber structures. These structures integrate wood with
different materials, thereby significantly increasing the
applications of timber in structures beyond current
limitations. The hybrid design framework is particularly
interesting for its ease of assembly and the resulting
reduced construction times and improved performance.
Modern timber architecture, probably best illustrated by
Shigeru Ban [1], increasingly moving towards free
forms, for which currently used timber joining methods
do not offer fully adapted solutions. Consequently, the
use of adhesive bonding is described as one of the most
interesting fields of development: “just as adhesives
have freed timber of its structural and size limitations,
adhesives can free timber of the metal needed presently
to make joints” [2].
Adhesive bonding in combination with or without
mechanical fasteners, like glued-in rods, is a good
technology for simple joints and became famous in
Timber Engineering due to the high stiffness, good
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aesthetic appearance and easy manufacturing. However,
the negative aspects of those connection-types reside in
the accurate surface preparation and the discrepancy in
the stiffness of the different materials. Furthermore, the
applied adhesives in the joints tend to strength-reducing
effects during the initial hardening shrinkage of the
adhesive, sensitivity to increasing temperature, limited
gap-filling qualities and the dependence on moisture
content changes [3], [4]. For complex joint geometries,
adhesive bonding alone is not a practical solution due to
restrictions offered by the joint geometry, the
manufacturing and installation process.
One possible solution for complex joints has been found
in the grouting technology used for cast-in-place
concrete. This technology has been adapted to timber
truss structures, where mechanical fasteners are glued-in
or otherwise connected to the timber members and the
gap between the single members (the grouting chamber)
is filled with a concrete-type adhesive (CTA). In result
the different components form the final joint after
hardening of the CTA where loads are transmitted by the
high stiffness of the grout, the adhesive bonding between
the mechanical fasteners and the grout as well as
adhesive bonding between the mechanical fasteners and
the timber members.
Due to the high load-carrying capacity, the new jointing
technology is suitable for large-scale truss structures,
such as grid-shells, trusses and timber bridges. There are
no limitations in the geometry of the joints and the
number of connecting members, as the final joint is
formed by grouting technology of the single
components, accounting gap-filling, form- and force
fitting capabilities.
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2 GROUTING TECHNOLOGY
2.1 Main principle
Figure 1 show the grouting process for steel-timber
structures in four steps. At first, steel connectors are
glued in factory-made timber members. Then, the single
timber members with the connectors are assembled on
site, followed by coupling and locking. After the final
arrangement, the joint will be finished by filling the
grouting chamber with an appropriate grouting material
to achieve the final stiffness and strength. After
hardening, the loads are transmitted through the grouting
material to the enclosed timber members.

Two possible configurations of longitudinal 2d and 3djoints with grouted glued-in steel connector (rod and
plate) have been developed by the author and are shown
in Figure 3. This type of connection is transmitting
manly axial loads and small bending moments.

Figure 3 Uniaxial and triaxial joint with grouting chamber

Figure 1 Principal sketch of grouting process for timber-steel
connections

Due to the good adhesion between CTA, timber and
mechanical fastener / connector the final result is a stiff
connection, where parts of the CTA (the epoxy resin)
penetrate the timber surface and generate a partial
stiffening of the enclosed timber members. During
curing the grouting material is filling the gaps between
the single components resulting in different shapes of the
final hardened CTA (bearing and tolerance balancing
component). For design purposes, only the core area is
assumed as load transmitting area (Figure 2).

Another possible solution shows Figure 4. The columnbeam crossing transfer vertical loads from the enclosed
columns as well as shear forces and bending moments
introduced by the girders. Here, the vertical loads are
transmitted by the CTA with centering pin and the shear
forces and bending moments by adhesive bonded
punched metal sheets. Other possibilities, like slab and
wall joints are possible but not further discussed in this
paper.

Figure 4 Column-beam crossing, principal sketch (left) and
grouting chamber (right)
Figure 2 Longitudinal compression area in a column-beam
joint (left) and grouted gap shape (right)

2.2 Coupling of truss members
Coupling of timber truss members can be done by
welded formed components with mechanical fasteners.
Depending on the configuration, e.g. dowel type
fasteners transfer only 60-70% of the truss forces due to
the nature of wood. Another solution are glued-in
components, such as glued-in rods or technical proofed
glued-in perforated or shaped steel plates or metal
sheets. Adhesively connected truss members with gluedin metal connectors are able to transfer up to 100% of
the truss forces.
For glued steel-timber joints, the installing conditions are
a critical factor, as the single components need to be
fixed until full hardening of the adhesive. This
disadvantage can be overcome with the proposed
technology and leads to a more economical solution.

3 GROUTING MATERIAL
Several materials have been studied and analyzed to
identify suitable materials. The best could be found in a
2k epoxy-bound concrete with high strength mineral
aggregates. The aggregates consist of natural rocks of
various grain sizes, which result in a grading curve with
a maximum in its packing density. The sizes of the filler
range from less than 100 µm (fly ash), 0.1 to 2 mm
(silicon carbide) up to 3 mm (corundum).
Epoxy-based adhesives are best suitable to achieve the
high requirements on the mineral cast (high compressive
strength, low inner stress, and low cubical shrinkage).
Further additives support the hardening process and can
be used to control the resulting mechanical properties of
CTA. Reactive thinners reduce the viscosity and ensure
an optimal flow ability of the casting material.
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The high compressive strength of this CTA results from
the bonding behavior of the polymer binder material and
the mineral fillers, which lead to a high packing density.
The amount of mineral fillers and additives can reach up
to 93 vol% [5]. A comparison of the CTA with common
construction concrete is shown in Table 1.
Table 1 Comparison of material properties

Material property

Unit

CTA

C25/30

Density

g/cm³

2.5

2.4

Tensile MOE

MPa

35,000

30,000

Bending strength

MPa

50

5.5

Compressive strength

MPa

150

30

Compared to concrete C25/30 DIN EN 206:2014, the
MOE is nearly the same with a five times higher
compressive strength and a much higher bending
strength, suitable for joints with high normal forces in
compression.

Figure 5 Push-out test parallel to grain (PO-0),
load-slip curve

With regard to the stress-strain behavior of the
composite material, an ideal elastic behavior with a
semi-ductile hardening rule was observed in material
tests (which were also used to calibrate the subsequent
numerical model). The failure behavior under tension or
shear loading is more brittle compared to the failure
behavior under compression loading. Due to the high
content of gravel in this composite it is possible to
assimilate a large amount of concrete, and therefore
accommodate larger drill holes in comparison to
conventional drill hole diameters, without creating
exothermic chemical reactions produced by highercontent resin and curing agent adhesives compositions.
Figure 6 Push-out test perpendicular to grain (PO-90),
load-slip curve

4 TESTING AND MODELING
4.1 Push-out tests
Laboratory tests on glued laminated timber specimen
GL24h were conducted for model verification and
investigation of the joint capacity for different
arrangements. The experimental investigations consisted
first of push-out and pull-out tests, parallel (series PO-0)
and perpendicular to grain (series PO-90), analyzing the
structural behavior of grouted joints with large drill holes
(the grouting chamber). The push-out tests allowed
determination of the shear-slip relationship of the joint
for further numerical investigations. One example is
shown in the following figures. A comparison of the test
results with the calculated characteristic value is given in
Table 2.
Table 2 Push-out tests: mean values in MPa

1)

series

specimen

ult. strength

char. strength 1)

PO-0

6

6.83

3.50

PO-90

6

4.93

1.00

DIN EN 1995-1-1/NA:2013-08, DIN EN 14080:2013-09

In both test series, ultimate fracture could be observed by
shear failure in timber with more deformation in series
PO-90 perpendicular to grain. Apart from the load-sliprelationship, deformations have been measured by strain
gauges between CTA and wood for further calibration of
numerical simulations. From the test results the strainslip relationship between CTA and wood has been
obtained and parameter for further numerical calibrations
derived.
To describe the debonding behavior within the bondline,
a cohesive-zone fracture mechanics damage model was
applied, that accounts for the delamination process [6],
[7]. Based on the consideration of the specifics, a 3D
numerical model was created and calibrated with lab
tests addressing the structural and material nonlinearities
of wood and CTA, as well as damage and debonding
behavior in the joint. Here, the material properties of the
threaded rod and structural steel have been assumed as
isotropic and multi-linear-elastic. The structural behavior
of the compound between timber and CTA can be
described as rigid until the crack propagation in the
bondline starts.
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Referring to the results of the experimental
investigations, the bond between steel rods and casting
compound can be assumed as rigid and shear-resistant.
The results have been described in several publications
by SCHOBER et al. e.g. [8], [9], where the anisotropic
material characteristics of timber has been used from the
extensive testing database of NEUHAUS [10].
The numerical modeling of the used concrete-type
adhesive is based on the fracture model for concrete of
WILLAM & WARNKE [11] which describes brittle
materials under multi-axial loading. In this model,
yielding criteria are the uniaxial tensile and compression
stiffness with shear transmission factors. If stresses
exceed the yield criterion crushing occurs under
compression (loss of stiffness) and smeared cracking
occurs under tension (loss of stiffness perpendicular to
the crack layer).
A comparison of the experimental results and the
numerical values of the bond-line behavior are shown in
Figure 7 and Figure 8. The fracture behavior obtained by
the numerical solution show a good agreement with the
experimental data and serves for further testing and
model calibration [12].

4.2 Tensile tests
As shown in Figure 4, further investigations have been
done using perforated steel plates as part of the
connector system. This solution has been developed into
the so-called “Holz-Stahl-Komposit-System” (HSK™)
system [13]. The adhesive bond provides strength and
stiffness and the perforations introduced in the steel
plates weaken the steel section and allow for the
formation of “adhesive dowels”, both leading to a ductile
steel failure [14] (Figure 9).

Figure 9 Ductile failure in perforated steel plate

Depending on design requirements, the geometry of the
perforated metal plates, the thickness of the steel plates,
and the steel plate rating can be selected. The HSK™
system has been successfully applied to large-scale
structures including timber trusses [15], the flying
staircase at the Earth Sciences building in Vancouver,
Canada and the Timber Tower in Hanover, Germany.
With these promising advantages, tensile tests on
uniaxial connected timber members with glued-in and
grouted perforated steel plates have been investigated.
The tests consist of two different series to obtain the
influence of the grouted metal plate connector on the
joint performance compared to the same joint with
glued-in metal plate connectors only. For gluing,
Purbond 421C PU adhesive have been used in all series.

Figure 7 Comparison of experimental determined load-slip
relationship with softening effects obtained by the
delamination-law(full test range)

Figure 8 Comparison of peel stresses

The test series are described as:
i) PUR: solid construction timer C24 connected by a
glued-in and perforated steel plate only,
ii) PUR-EPU: solid construction timer C24 connected
by a glued-in perforated steel plate with a grouting
chamber between the members, grouted with CTA
after one day.
The test set-up of series ii) are shown in Figure 10 and
Figure 11.

Figure 10 Principle sketch series ii (PUR-EPU with grouting)
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4.3 Bending tests
To observe influences of the grouting technology on
bending members, 3 test series according to EN408 have
been carried out. To compare the influence of the joint
and the different location of the grouting chamber series
iii) contained of solid reference beams. A closer look
into the grouting chamber is given in Figure 14, where
the CTA is filled in.
For all series, the load-deflection behavior in the
midspan and also on other locations vertical and
horizontal has been recorded. In this paper only the
vertical comparison of the deflection is presented. The
three test series can be described as:
Figure 11 Uniaxial tensile test: set-up and fracture
appearance

For all test series the load-slip relationship has been
recorded. Series PUR without CTA show linear-elastic
behavior as expected. Series PUR-EPU with CTA
grouted chamber between the timber members and the
perforated steel plate show about up to 100% increase of
the load-carrying capacity until the first cracks occur
(Figure 12). Thereafter, ductile failure of the joint with
softening could be observed.

iii) Solid reference beam, cross-section 8/16 cm, GL24h,
no jointing,
iv) Mid-span jointed beam 8/16 cm GL24h, rebar
coupling in the tension zone (lower section), grouting
chamber filled with CTA,
v) Mid-span jointed beam 8/16 cm GL24h, rebar
coupling in the tension zone (lower section), grouted
with CTA and additional grouted gap in compression
zone (upper section).

Figure 14 Covering of the tension zone and glued in coupling
member

Principle sketches of the joints series iv) and v) are
shown in the following figures.

Figure 12 Load-slip relationship: comparison of series PUR
(without CTA) and series PUR-EPU (with CTA)

Figure 15 Principle sketch of series iv and series v

Figure 13 Comparison of experimental data with numerical
delamination model

To compare the load-carrying capacity of all three series
in the elastic range, the deflection on an applied load of
15 kN (Figure 17) has been chosen to indicate the
influence of the different joints (or no joint in series iii).
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The tension rebar has been designed in the way that no
failure may occur in the rebar or in the adhesive joint
between rebar and timber. The results shown in Table 3,
Figure 16 and Figure 17 indicate, that the rebar coupling
has weakened the joint due to plastic deformation in the
rebar on the timber-steel interface, while the additional
grouted gap in the compression zone adds additional
stiffness in compression zone and absorbs stresses before
failure of the coupling rebar. As result, for series v) the
same or better values of the deflection compared to the
solid reference beam could be observed.

Figure 18 show one test specimen of series v) after
testing and the load distribution in the joint. Shear failure
in timber below the upper grouting chamber could be
observed. Here, a superposition of longitudinal
compression forces in the core area of the CTA and
interface shear below the CTA result in the observed
failure.

Table 3 Comparison of mid-span deflection series iii-iv

Series Load [kN] Deflection [mm]

Difference [%]

iii

15.0

8.0

0

iv

15.0

14.5

+81.2

v

15.0

7.1

-11.2

Figure 18 Series v, fiber fracture by shear below the
grouting chamber

5 DESIGN CONCEPT
The mechanical description of the load transfers in
hybrid joints that combine mechanical fasteners with an
adhesive layer (or carpentry type joints with mechanical
fasteners), however, is complicated because of this
mismatch of stiffness [16] and most timber design
standards such as EN 1995 (CEN 2004) do not provide
provisions for joints that combine different connections
categories.

Figure 16 Load-deflection relationship series iii, iv, v

For ULS design of the described grouted joints, the
authors suggest in this early stage of research a
calculation of the joint capacity by neglecting the
stiffness of the grouting material for persistent design
situations, which refer to the conditions of normal use
and for transient design situations, which refer to
temporary conditions applicable to the joint, e.g. during
execution or repair, eq. (1). Partial factors (including
those for model uncertainties) comparable to those used
in EN 1991 to EN 1995 should be used.
Ed  Rd , y

(1)

The same assumptions can be made for accidental design
situations, which refer to exceptional conditions
applicable to the joint or to its exposure, e.g. to fire,
eq. (2).
Ed , A  Rd , y
Ed , fire  Rd , y

(2)

In the load case fire, the steel connectors are protected
by the timber member as well as by the grouting
material, increasing the joint capacity of eq. (2). Further
investigations on this subject will be done in the future.
For SLS design, we propose to account the full stiffness
and capacity of the grouted joint, eq. (3).
Figure 17 Mean values of the load-deflection behavior for
series iii, iv, v with threshold line and values

Ed  Cd ,(connector+CTA)

(3)
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6 EXAMPLE
A special challenge in Timber Engineering is the design
and manufacturing of multi-axial joints in spatial
structures like space frameworks or grid shells, where
more than two members join the connection in and out of
plane. This can be very difficult if the single members
have different sections or geometries. One pilot project
established in 2015 in Walmerod, Germany has been
designed using the aforementioned grouting technology
and is presented here [17].
The canopy of the relaxation area of an open air pool in
Walmerod was designed as honeycomb structure with a
sexangle girder grid (Figure 19). The canopy has a floor
space of about 20 square meters and is pillared supported
in the middle of each section. The roof structure made of
glulam GL24h is designed as cantilever girder grid with
three round wood piles as middle support. In this
structure, the connecting joints are served by vertical
loads from the canopy as well by bending and torsion
stresses.

Figure 21 Erecting of one segment

The additional stiffness introduced by the grouted joint
adds the advantage of higher torsional stiffness to the
roof structure which result in a better overall stability of
the canopy within the girder grid.

7 CONCLUSIONS

Figure 19 Canopy of the relaxation area, open air pool

As joint connectors, punched steel plates system HSK™
have been used (section 4.2, page 4), able to carry higher
lateral forces and bending moments. The joints are made
in a similar way as shown in Figure 4. In this special
case for the open air pool canopy, the punched metal
plates are connected together at the point of intersection
by a welded ring (Figure 3, right). The grouting chamber
at the intersection point has been filled with the CTA
after connecting the punched metal plates. The
assembling of the girder grid is shown in the following
figures.

Grouted joints are a new way connecting timber
members in large-scale or spatial structures that
overcome the well-known disadvantages of conventional
timber joints. One solution of grouted joints in inlay
technology has been developed at Trier and Mainz
University of Applied Sciences. First investigations on
material and grouting technology have been done with
promising results followed by testing of the compound,
the bond line performance and structural behavior under
tensile and bending loading.
Grouted joints with additional mechanical connectors,
such as steel rods, screws or punched metal plates are a
further development of adhesively bonded steel plates
for high-performance timber joints. Especially for
geometrical demanding joints and connections the
application of grouted joints is the key technology for
economical and efficient structures. With this
technology, timber structures can be better introduced to
architecture with complex geometrical shapes in digital
design, as well as for sophisticated large scale timber
buildings with complex loading conditions (interaction
of shear, normal and bending loads, parallel and
perpendicular to the grain).
The investigated concrete-type adhesive is widely used
in Mechanical Engineering and its outstanding material
performances, like fire resistance, stiffness, strength and
adhesive bond to steel are technical approved. The
investigations on combining the CTA with timber in
grouted joints show very promising results to introduce
this technology to Timber Engineering for complex
structures and connections. Further research will focus
on additional testing, numerical investigations and
verification, as well as on the development of and
improved and more detailed design concept.

Figure 20 Grouted joint: assembling of the girder grid
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DEVELOPMENT OF STEEL-TIMBER COMPOSITE SYSTEM FOR LARGE
SCALE CONSTRUCTION
Amirhossein Hassanieh1, Hamid Valipour2, Mark Bradford3
ABSTRACT: In this paper a novel and efficient structural system, that comprises steel beams and prefabricated timber
slabs is developed and tested under short-term service and ultimate limit state loading conditions. In the proposed steeltimber composite (STC) system, bolt and coach screws are employed to transfer shear between steel beam and
prefabricated timber slab and provide a composite connection. A series of experimental push-out tests were carried out
on cross-banded LVL-Steel and CLT-Steel hybrid specimens to investigate the behaviour of different connection types.
Furthermore, the load-deflection response of full-scale STC beams was captured by conducting 4-point bending tests on
STC beams. The failure modes of connections and composite beams have been monitored and reported. The results
illustrate advantages of using timber panels in conjunction with steel girders in terms of increasing strength and stiffness
of composite beams.
KEYWORDS: Steel-Timber Composite, STC, Floor, Push-out test, Bending Test, LVL, CLT

1 INTRODUCTION 123
The building industry is responsible for 40%
consumption of natural resources and 30% consumption
of energy. Furthermore, approximately 30-40% of solid
waste and greenhouse gases are generated by the
construction industry [1]. Accordingly, there is a need
for developing efficient construction methods and
structural systems that are robust and reliable as well as
economical and sustainable with the minimum impact on
the environment. Timber is a renewable resource and it
has the lowest embodied energy. In a recent study on
sustainability of engineered wood products and their
application in structures [2], it was found that it takes
two to three times more energy and six to twelve times
more fossil fuels to manufacture reinforced concrete than
it does to manufacture timber beams/floors. Furthermore,
the life cycle greenhouse gas emission and the cost of
production for engineered wood are lower than steel and
reinforced concrete. In addition to operational energy
efficiency, constructing structures in timber can
significantly reduce their carbon footprint [2]. From
structural engineering point of view, application of
timber in constructing floors can significantly reduce the
self-weight (dead load) of the structure that ultimately
lead to smaller size for structural components (e.g.
beams and columns) as well as foundation that are
typically made of energy intensive construction materials
such as steel and concrete. Furthermore, lowering the
1
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self-weight (permanent load) of the structure
significantly reduce the inertial forces induced by
seismic actions, particularly on high-rise buildings, and
facilitate construction of tall buildings on soft and/or
problematic soils.
The structural behaviour of timber-timber and timberconcrete composite beams and connections have been
investigated in the past decade focused on both shortand long-term behaviours. These intense numerical and
experimental studies represent the interensing
advantages of integerating engineering wood products in
building construnction around the world. [3]–[8] Apart
from general studies on TCC, like construction methods
[9]–[11] and integrating new timber products in
composite beams [12], [13], the behaviour of timberconcrete composite (TCC) connections was investigated
through past experimental studies [5], [8], [14] In
addition structural performance of TCC beams under
short- and long-term state was reported. [15]–[17] As
mentioned, most studies have been dedicated to TTC and
TCC applications, and there is a little attention toward
structural performance of hybrid steel-timber systems
and possible application of this system in the past
studies.[18]–[20] From structures point of view,
applications of steel in conjunction with timber can be
categorized in timber column with steel beams [19],
timber floors with steel beams, steel-timber composite
(STC) floor, timber wall with steel frame [18], [21], and
steel columns with timber/timber-concrete composite
(TCC) floors.
Most of studies on steel-timber composite components
are for strengthening timber connections with steel plate
[22], [23]. Recently, Loss et al. [18], [24], [25]
conducted push-out tests on steel-CLT composite
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connections with mechanical connectors to characterise
the behaviour of steel frame to CLT wall panels and
floors. Furthermore, Xu et al. [19] investigated the
behaviour of dowelled steel beam-to-Glulam column
subassemblies by performing cyclic tests and non-linear
finite element (FE) simulations. However, the structural
behaviour of STC beams comprised connecting crossbanded LVL slab panels to steel beams and assessing the
structural performance and composite efficiency of STC
floors has not been investigated through experimental
tests, which are the focus of this study. The STC beam
comprised steel profile and timber panel as slab. These
parts are connected to each other by the shear connectors
as the outline was shown in Figure 1.

was manufactured from Radiata Pinewood structural
laminated veneer lumber and tested in accordance with
AS/NZS 4357:2005[27]
2.1.2 Cross-Laminated Timber (CLT)
CLT panel’s dimensions were 600 mm height, 400 mm
width and 120 mm thickness made from five layers of
Spruce lamellae according to BS EN338 [28]. The CLT
panels had an average moisture content of 12% and
density of 490 kg/m3.
Table 1: Size and configuration of connectors and loading
direction in LVL-Steel push-out specimens
Group
(LVL)
With Nail
Plate
Without Nail
Pate
Glued

Direction of grain

Mechanical connectors

Parallel
Perpendicular
Parallel
Perpendicular
Parallel

Screw 8, 12 ,16, & Bolt 12
Screw 8, 12 ,16, & Bolt 12
Screw 8, 12 ,16, 20
Screw 8, 12 ,16, 20
Glue and Screw 16

Table 2: Size and configuration of connectors in CLT-Steel
push-out specimens
Figure 1: Cross section of a typicall STC beam

The proposed composite system has the advantage of
being lightweight compared with other types of
composite floors (i.e. steel-concrete and timber-concrete
composites) and it can significantly improve speed of
construction and accordingly reduce the cost of
constructing tall buildings. Furthermore, the proposed
steel-timber composite (STC) system can immensely
facilitate deconstruction and future reuse and/or
recycling of materials.

Group
(CLT)
With nail plate

Mechanical connectors

Without nail pate

Screw 12, 16

Glued

Glue + Screw 16

Screw 12, 16, 20 & Bolt 12, 16

2 CONNECTION TEST
At the first stage, the behaviour of composite
connections is characterised by a series of push-out tests
on LVL-Steel and CLT-Steel specimens as shown in
Figure 2. In this study, coach screw, bolt and glue have
been used as the shear connector in timber-steel
composite joints. In addition, the influence and
applicability of reinforcing the coach screws connection
with nail plates has been investigated. The test procedure
is based on European Standard [26].
2.1 GEOMETRY AND MATERIAL PROPERTIES
The geometry and details of push-out tests are shown in
Figure 2. The samples comprises two timber panels ,
(LVL and/or CLT), and one steel profile in between
which are connected together by different types of
connections as listed in Table 1 and Table 2 for LVLsteel and CLT- steel specimens, respectively.

(b)

(c)

Figure 2: Outline of pushout test and setup (a), LVL-Steel (b)
and CLT-Steel (c) specimens

2.1.3 Steel Profile
The steel profile, which has been used in the study, was
made from 300PLUS steel grade complying AS/NZS
3679.1 [29] specification. The profile was 310UB32.0
with length of 600 mm. Mechanical properties and
dimensions are provided in Table 3.
Table 3: Mechanical and geometrical properties of steel
profile

320

Ultimate
strength
(MPa)

5.5mm

Yield
Strength
(MPa)

8mm

Web
thickness

149mm

Flange
thickness

298mm

Flange
width

Section
depth

2.1.1 Laminated Veneer Lumber (LVL)
Cross-banded LVL panels fabricated by hySPAN were
used in this study. LVL panel’s dimensions for push-out
test’s specimens were 600 mm height, 400 mm width
and 75 mm thickness, moisture content and average
density was 9% and 600 kg/m3 respectively. The panels

(a)

440
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2.1.4. Coach Screw and bolt
Hexagon coach screws and high-strength bolt were used
in the study as dowel-type connections. Different
diameter sizes (coach screw 8, 12, 16 and 20 mm and
bolt 12, 16 mm) have been used. (See Figure 3 (a))
Coach screws and bolts complied AS/NZS 1393 [30] and
AS1110.1[31] and AS1112.1 [32] specifications
minimum requirements. The steel grade of coach screws
is 4.6 with ultimate strength of 400 MPa and yield
strength of 240 MPa. Bolts are made from 8.8 steel with
ultimate strength of 800 (MPa).

(a)

control procedure up to 70 percent of Fest and then
changed to displacement control procedure and
continues up to the failure of the specimen. The Fest for
the next test shall be modified based on the previous test
result. The displacement rate was 1-3 mm per second in
displacement control procedure approximately. The
load-slip response and the failure modes of the
specimens have been monitored and recorded during the
push-out tests.

(b)

Figure 3: Fasteners (a) Coach Screws and bolts (b) Nail plate

2.1.5. Nail plate
To reinforce the timber around the connector hole and
improve the stiffness and strength of the dowel joints,
100 mm x 50 mm x 1 mm nail plate was used in this
study (See Figure 3). The nail plates were made of G300
steel grade with characteristic yield strength of 300 MPa
and tensile strength of 340 MPa.
2.1.6. Glue
Development of full composite action between timber
panels and steel beam requires very stiff connection.
Therefore, in the study, one sort of constructional glue
was used. To avoid brittle failure and sudden fall of
specimens 16 mm coach screws was used in conjunction
with glue surface. Mechanical properties are provided in
Table 4.
Table 4: Mechanical properties and curing requirements of the
epoxy adhesive
Coefficient
of Linear
Expansion
(1/°C)

Minimum
Cure Time
at 25°C

70

Shear
Strength
(MPa)

Compressi
ve Strength
(MPa)

Tensile
Strength
(MPa)
30

15

60x10-6

24 h

2.2 TEST PROCEDURE
The loading procedure adopted in the test is based on
European Standard [26] shown in Figure 4 . In the first
stage, the load increases to 40 percent of the estimated
ultimate load (Fest) of the specimen in 120 seconds and
then remains at this level for 30 seconds. Then the
unloading phase begins and the load decreases from 40
percent to 10 presents of Fest. The load is maintained at
this level for another 30 seconds, and then second
loading phase starts. The test is conducted with load

Figure 4: Adopted loading procedure for the push out tests

2.3 CONNECTION TEST RESULTS
The load-slip responses of different composite
connections LVL and CLT-steel specimens are shown in
Figure 5-7 and Figure 12-9, respectively. The results
were obtained by averaging of three identical samples
for each type of connections.
2.2.1 Load-slip response of LVL-Steel specimens
The behaviour of connections in timber panels depends
on the angle of timber grains to load direction. [33], [34]
Accordingly, in this study, both of parallel (||) and
perpendicular (∟) to grain direction were tested and the
load-slip of the STC connections was obtained. The
summary of results was provided in Table 5.
In addition to ultimate strength of connections the
serviceability stiffness of STC joint is represented by the
slop of load-slip curve between 10% and 60% of the
peak load capacity (i.e. ks,0.6 slip moduli) in the second
cycle of the loading.
The load-slip response of STC connections in (||)
direction exhibited nearly elastic-perfectly plastic
behaviour, while some hardening behaviour could be
observed in (∟) direction due to densification of wood
grain. Generally, the serviceability stiffness (i.e. ks,0.6 slip
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Table 5: Mean and CoV (in %) of the peak load capacity and
mean of the slip moduli ks,0.6# for the STC joints (LVL-Steel)

∟

Slip moduli
ks,0.6 kN/mm

||
∟

Reinforcement

Loading
direction
||

Strength
kN

moduli) in (∟) direction is lower than (||) direction
(about 55% and less); however the peak load capacity in
(∟) direction is higher than (||) direction. These
outcomes align with previous studies and consistent with
the fact that elastic modulus in (∟) direction is smaller
than (||) direction. [35], [36]
For LVL-steel bolt connection the serviceability stiffness
(ks,0.6) in (∟) direction is much lower than (||) direction,
while the peak load capacity are quite similar.
Meanwhile, bolt connection exhibited rigid behaviour at
the first stage of loading due to Influence of friction in
bolt connections (until 20 kN shear approximately.)

Screw##

Bolt#
#

8
mm

12
mm

16
mm

20 mm

12
mm

without
Nail plate

25.9
[0.2]

40.5
[5.2]

58.9
[2.8]

99.1
[0.43]

92.6
[0.6]

with
Nail plate

32.0
[2.9]

52.4
[2.1]

69.9
[1.3]

---

---

without
Nail plate

26.7
[3.3]

48.1
[2.7]

69.9
[1.7]

100.6
[]

92.6
[6.7]

with
Nail plate

33.7
[3.0]

48.8
[1.4]

65.6
[5.7]

---

---

without NP

9.9

8.2

11.6

15.3

28.6

with NP

12.3

15.7

18.8

---

---

without NP

2.4

4.3

6.4

6.1

11.1

with NP
12.5
12.8
14.2
----# The slip moduli ks,0.6 is used as a representative of the connection
stiffness within the service range of loading. The ks,0.6 slip moduli is
the slope of the load-slip curve between 10% and 60% of the peak load
capacity.
## The values in [] are CoV (in %) obtained from test results on three
identical specimens.

Figure 5: Load-slip response of screws connection parallel to
the grain in the LVL-Steel joints

Reinforcing coach screw connection with nail plate has
significant influence in peak load capacity and
serviceability stiffness. In (||) direction, nail plate
enhance the peak load capacity and in (∟) direction
have significant effect in increasing serviceability
stiffness as provided in Table 5. A minimum stiffness
increase of 24% (for S8) and 220% (for S16) was
observed in the parallel and perpendicular to the grain
direction, respectively. A minimum enhancement of 19%
in peak load capacity was achieved in STC joints with
S16 screws. In addition to mechanical fasteners, (i.e.
screw and bolt) glue was used as a shear connector in
this study, to investigate behaviour of full composite
action in STC connections. Glue connection exhibit
considerably higher stiffness and strength in comparison
with mechanical dowel-type connections. (See Figure 8)

Figure 6: Load-slip response of bolts connection parallel and
perpendicular to the grain in the LVL-Steel joints

Figure 8: Load-slip response of glued connection in the LVLSteel joints

Figure 7: Load-slip response of screws
perpendicular to the grain in the LVL-Steel joints

connection

Four distinctive modes of failure, Modes I, II, III and IV,
were observed in the push-out tests on timber-steel
connections with dowel-type fasteners [19], [37], [38].
The occurrence of each mode of failure depends on the
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slenderness of the fasteners represented by L/D (with L
being the length and D the diameter of the fastener) and
the strength ratio fs /bs (with fs being material strength of
the fastener and bs the bearing strength of timber [38]).
As shown in Figure 9, failure mode (I) is associated with
considerable timber crushing around the fasteners
without significant deformation in the fasteners. (See
Figure 9) A plastic hinge is developed in failure mode
(II) with significant timber crushing near to the surface
of the timber part. Similarly, two plastic hinges form in
failure mode (III) in the fastener at the middle and near
end of the fastener. (See Figure 9) Failure mode (IV) is
associated with fracture of the fastener and significant
crushing of the timber. Failure Modes I and IV are
brittle; however, failure Modes II and III can be ductile
or semi-ductile depending on L/D and fs / bs. Figure 10
demonstrate failure mode of different coach screw
connections in LVL-steel composite connections.

Failure Zone 1-1.5d

Connection diameter d

(a)

Connection diameter d

Failure zone 3-4d

(b)

Figure 11: timber crushing in screws connection (a) parallel
(b) perpendicular to the grain in the LVL-Steel joints

2.2.2 Load-slip response of CLT-Steel specimens
The serviceability stiffness (i.e. ks,0.6 slip moduli) and
peak load capacity of CLT-Steel connections were
provided in Table 6, in terms of mean of three identical
specimens and CoV in percentage. There is good
consistency in tests according to CoV of each test group.
The maximum CoV of the peak load carrying capacity of
the steel-CLT composite joints with screw and bolt
connectors was limited to CoVpeak = 8.8% and 3.9%,
respectively.[39] As shown in Figure 12 and Figure 13,
coach screw connections load-slip response exhibit
nearly elastic-perfectly plastic behaviour while bolt
connections show some hardening. Similar to LVL-Steel
connections, reinforcing CLT-Steel coach screws
connection with nail plate enhance the serviceability
stiffness (i.e. ks,0.6 slip moduli) and peak load capacity
although reinforcing with nail plate can reduce du
ductility of connections.

Figure 9: failure mode of dowel-type connection in the
Timber-Steel joints

(a)

(b)

(c)

(d)

Figure 10: failure mode of screws connection parallel to the
grain in the LVL-Steel joints (a) 8mm screw mode (III) (b)
12mm screw mode (II and III) (c) 16mm screw mode (II) (d) 20
mm screw mode (II)

Figure 12: Load-slip response of screws connection in the
CLT-Steel joints

Reinforcing the CLT panels by nail plates can enhance
the load carrying capacity and particularly the
serviceability stiffness of steel-CLT composite joints
with screws. The less ductile behaviour of joints with
nail plates is evident from the post-peak softening of
load-slip response. There is a minimum 28% increase in
16 mm coach screws connection strength where two nail
plates were used per each screw. In addition, a minimum
stiffness increase of 70% for S12 and 226% for S16
connectors was observed. The glued connection showed
significantly higher stiffness and strength in comparison
with mechanical fasteners (i.e. screw and bolt). Bolt
connections exhibit rigid behaviour at the first stage due
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to friction between CLT panel and steel flange and then
slip occurs, but in general has higher strength and
stiffness compared to coach screws connections.

3 COMPOSITE BEAM TEST
The behaviour of STC beams was investigated by
conducting a series of 4-point bending tests on LVL- and
CLT-steel composite beams with different connection
types. (See Figure 16) The main variables in the fourpoint bending tests were the orientation of LVL panels
(Parallel || and Perpendicular ∟to the grain), types of
shear connections (bolt and coach screw, and glued) and
beam span length. The bending tests were carried out on
simply supported beams to capture short-term behaviour
of STC floors. As in STC floors, beams are connected to
the main girders by pin connections, simply supported
configuration has been chosen.
3.1 SPECIMEN DETAILDS AND BENDING TEST
SETUP

Figure 13: Load-slip response of bolts connection in the CLTSteel joints
Table 6: Mean and CoV (in %) of the peak load capacity and
mean of the slip moduli ks,0.6# for the STC joints (CLT-Steel)

Slip moduli
ks,0.6

With
out

35.78
[3.7]

49.87
[8.8]

With

38.88
[6.3]

63.98
[3.8]

Table 7: Details of STC beams specimens (LVL-Steel)
67.52
[2.4]

79.88
[2.2]

123.4
[3.9]

1

3

(b)

4

Short
beam
3000

6

5

7

200UB
25.4

Perpend
-icular

Figure 14: failure mode of screws connection in the CLT-Steel
joints (a) 12mm screw mode (III) (b) 16mm screw mode (II)

Long
beam
6000

250UB
25.7

(a)

2

200UB
25.4

Parallel

Short
beam
3000

16 mm
Screw
16 mm
Screw +
nail plate
Glue+16
mm screw
12 mm
Screw
M12
Bolt
16 mm
Screw
Glue+16
mm Screw

Spacing
(mm)

26.8

Connection
Type

16.23

Bolt##
B12
B16
6.26
9.66
-----

Steel Profile

With

S20
6.11
---

Specimen
No.

Screw##
S16
8.21

Span length
(mm)

S12
9.52

Panel
Orientation

peak load
capacity

Nail
plate
With
out

The specimen setup used for conducting four-point
bending tests on steel-timber composite beams is shown
in Figure 16. In four-point bending test, deflection of
beam at the middle and under the point loads was
captured by LVDTs. Besides slip between timber slab
and beam flange (at two ends of beam) and rotation of
each support was reported. Strain profile at middle of
beams was provided by number of strain gauges attached
on the specimens. Details of LVL- and CLT- Steel beam
specimens are provided in Table 7 and Table 8.

250
250
500
250
250
400
400

Table 8: Details of STC beams specimens (CLT-Steel)

1

3

6000

2

310UB
32.0
320UB
32.0

Spacing
(mm)

6000

Connection
type

3

Steel profile

Specimen
number

Figure 15: timber crushing in the CLT-Steel joints (a) around
screw connections and (b) beneath square washer in bolt
connections

Span
Length
(mm)

(b)

No of
CLT Panels

(a)

Screw 16

250

Screw 16 with
nail plate

250
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(a)
Figure 18: Load-Deflection, Specimen 4 and 5, LVL-steel
composite beam

Figure 19 shows the load-deflection behaviour of STC
beams with perpendicular to the grain panel’s
orientations. There is just little difference between glue
and 16 mm screw connections due to relatively low
elastic modulus of LVL perpendicular to grain direction.
(b)
Figure 16: 4-point-bending test on (a) CLT and (b) LVL-steel
composite beam

3.2 BENDING TEST RESULTS
3.2.1 Load-Deflection Responses
The load-deflection of the short STC beam with LVL
slab and 16 mm coach screws is shown in Figure 17 that
clearly demonstrate the contribution of timber panels in
stiffness and strength of STC composite compared to the
steel beam alone. As shown in Figure 17, the behaviour
of STC beam with glue is quite same as numerical
perfect bond load-slip response. The contribution of nail
plates in increasing load carrying capacity and stiffness
is quite negligible.

Figure 17: Load-Deflection, Specimen 1, 2 and 3, LVL-steel
composite beam

In Figure 18, the load-deflection response of long LVLsteel beam was presented. The results show considerable
contribution of 12 mm coach screws and 12 mm bolts in
developing high composite efficiency.

Figure 19: Load-Deflection, Specimen 6 and 7, LVL-steel
composite beam

The load-deflection response of two CLT-Steel
composite beams was shown in Figure 20. Contribution
of CLT panels in composite behaviour can be seen in the
figure.

Figure 20: Load-Deflection, Specimen 1 and 2, CLT-steel
composite beam

3.2.2 Modes of failure (LVL-Steel Beams)
There are four different modes of failure (i.e. modes I to
IV) for the tested LVL-Steel composite beams in this
study, which depends on connection type (mechanical
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fasteners or glue), LVL panel direction (i.e. (||) and (∟)
direction) and beam span length.
The short beams no. 1 and 2, parallel to LVL grain
loaded, had a ductile mode of failure. (Mode I) This
mode is associated with excessive deformation in
mechanical fasteners (i.e. bolts and screws) (see Figure
21 (a)) and tensile fracture of LVL panels, as shown in
Figure 21 (b). The failure mode (II) was happened for
the short beam with glued connection, beam no.3, which
is a relatively brittle failure with sudden fracture of glue
and tensile fracture of the LVL slab. (See Figure 21 (c))
The long STC beams, nos. 4 and 5, with mechanical
fasteners, showed a ductile mode of failure (mode III).
Excessive plastic deformation in bolts and screws
connections and large deflection at middle span was
observed in the study. (See Figure 21 (a))
In STC beams nos. 6 and 7, loaded perpendicular to
grain, another ductile mode of failure was observed,
which is associated with excessive curvature and
shortening due to wood densification as shown in Figure
21 (d). Meanwhile, there is no significant sign of damage
on deformation was seen for mechanical fasteners.

(a)

Shortening/densification
of LVL panel

(d)
Figure 21: Failure modes of the STC beams (a) formation of
plastic hinge(s) and excessive deformation in the screws/bolts
(b) fracture in the soffit of LVL slab panel (c) fracture of the
glue (d) excessive curvature and shortening of LVL due to
wood densification in the direction perpendicular to the grain.

3.2.3 Modes of failure (CLT-Steel Beams)
Failure of CLT-Steel composite beam can be classified
in; (a) cracking of timber panels, (b) crushing around the
fastener hole and (c) deformation of fasteners as shown
in Figure 22.
As can be seen, CLT panel was cracked in both interlayer and in-layer at under compression interface. In
addition, crushing around the fasteners hole occurred
similar to push-out test and caused some slip between
CLT and steel beam flange.
The dominance failure mode of 16 mm coach screws
was mode II, as discussed above, with one plastic hinge.
(See Figure 22 (c))

Tensile fracture
of LVL

(a)
(b)

(b)
(c)
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[4]

[5]

[6]
(c)
Figure 22: Failure of CLT-Steel composite beams (a) Timber
Cracking, (b) timber crushing around fastener (c) coach
screws plastic deformation

4 CONCLUSIONS
In this paper, the load-slip response of STC connections
(coach screws, bolts and glue) was investigated through
experimental tests. Besides, peak load capacity,
serviceability stiffness and failure modes of STC
connections have been studied and reported.
Furthermore, the influence of reinforcing coach screw
connections with nail plate was investigated. In the next
step toward developing STC beams, the short-term
behaviour (i.e. the peak load capacity, failure mode and
serviceability stiffness) of steel-timber composite (STC)
beams was investigated by conducting four-point
bending tests on simply supported STC beams. The
results of four-point bending tests demonstrated the
contribution of timber panels in serviceability stiffness
and peak load capacity of STC beam with various
composite actions developed by different connections
(i.e. coach screws, bolts and glue).
From structural point of view, the study has justified the
application of STC beams in building constructions. This
study will continue to investigate the behaviour of STC
beam with novel shear connections and STC
performance in different parts of structures, for instance
beam-to-column connections under various actions.
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DESIGN OF TIMBER-GLASS STRUCTURES
THE IFAM BRIDGE
Simon Fecht1a, Till Vallée1b, Dan Dela Peña2c
ABSTRACT: Research has repeatedly pointed out the suitability of adhesive bonding to substitute to traditional joining
techniques for numerous materials and loads, including timber to glass. Practitioners, however, are still reluctant to
implement them into their designs. Adhesion as a method of joining, particularly in the context of hybrid structures,
presupposes knowledge of all involved materials, including codes and procedures; most practitioners however tend to
be focused on just a subset of materials. Taking the example of a pedestrian timber-glass bridge, this research shows
how design and dimensioning of complex bonded hybrid structures can be performed in accordance with traditional
engineering practice. The paper guides through every step, from the first concepts to the final design, including the
manufacturing, of a pedestrian bridge where timber and glass act together as equivalent members. Possibilities to
achieve compliance of this process with engineering models are emphasised.
KEYWORDS: Structural Adhesives, Wood Structures, Timber Joints, Hybrid Joints, Experimental, FEA

1 INTRODUCTION
1.1 Hybrid timber-glass structures
Owing to their architectural and aesthetical qualities,
timber-glass hybrid structures have, in recent years,
increasingly been in the focus of research, and on a
limited basis of industrial application. Among the first to
report on adhesively bonded timber-glass connections
were Cruz and Pequeno [1] who performed shear tests
on Douglas fir bonded to laminated and tempered glass
using silicones, polyurethanes, acrylates and epoxies.
The results showed a strong dependency of the fracture
behaviour on the adhesive stiffness, with two extreme
situations occurring: adhesives exhibiting high strength
and stiffness but brittle failure, and ductile and flexible
adhesives with low mechanical resistance. The authors
advocated the use of the “best balance” between these
two. In subsequent research Cruz and Pequeno [2]
experimentally investigated hybrid timber-glass beams
and panels with spans of up to 3200 mm in 4-pointbending. In comparison to equivalent traditional timber
panels, capacity and stiffness were significantly higher,
leading the authors to conclude that “timber provides
ductility and glass offers stiffness”. In a further study,
the experimental findings were successfully numerically
modelled [3].
1
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Modular panels of timber and glass started being
developed from 2006 on in Austria and Germany, by
using timber and glass combined with different
adhesives (silicones, polyurethanes and acrylates), e.g.
Edl [4]. These investigations were followed by Neubauer
[5] from short term static loads toward cyclic loads and
long term loads (up to 90 days) at room temperature and
at 55°C. Among the results it could be shown that
acrylates exhibited higher stiffness and ultimate strength;
however they were more prone to strength and stiffness
reductions under elevated temperatures and MC, as well
as being strongly creep-sensitive.
Hochhauser [6] investigated timber frames stabilized
with glass panels and reported increased capacities by
using silicones as line element and epoxy on the edges of
the glass. Müller [7], used acrylate manufactured timberglass I-beams with spans up to 8m; in bending tests
failure occurred by crushing the timber in tension,
however the necessity of further investigating the long
term behaviour of the adhesive was acknowledged.
Rinnhofer [8] experimented with timber-glass specimen
using silicone, and determined that long-term loading
(12 months) reduced significantly the capacity when
compared to short term results. Kreher et al. [9] reports
on an industrial implementation of timber-glass
composite girders consisting of glass webs and wood
flanges bonded by a hot-melt polyurethane. Based on
laboratory tests, creep under “assumed maximum loads”
was expected to stabilize after 4 weeks; measurements
on-site showed deformations amounting for only a third
of the expected value, this differences likely to be
attributed to a much lower MC. Similar research was
carried out by Kozlowski [10] and Blyberg et al. [11],
[12] on timber-glass I-beams, timber-glass columns and
timber-glass frames, all bonded using several types of
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adhesives. Among the counterintuitive findings of these
studies was the fact that adhesively bonding glass is not
always to be performed using extremely soft silicones or
acrylates, but that structural epoxies might represent an
more appropriate substitute; this result is insofar
interesting, because structural epoxies exhibit a much
better behaviour under environmental loads, and are thus
more durable.
To the knowledge of the authors, the only economically
successful implementation of Timber-Glass composite
systems is the UNIGLAS® facade developed jointly by
the company from which its name is derived and
Holzforschung
Austria,
most
prominently by
Hochhauser et al. [13], Fadai and Winter [14], and Jiang
et al. [15]: It consists of glass panels bonded onto
“patented serrated wooden connecting strips” by means
of a 2C silicone adhesive; it is subsequently
mechanically fixed onto the timber structure. The choice
of the silicone is based on the fact that it allows for
dimensioning according to ETAG 002. However,
silicone are prone to creep, thus the characteristic longterm strength is dramatically reduced (up to 10% of short
term strength).
1.2 Scope of this research

limiting potential adhesives to silicones with the sole
reason that codes quasi enforce them; a similar
broadening of materials was followed when selecting the
timber, for which not only spruce, the “traditional”
material in timber engineering, but to extend it towards
hardwoods (herein beech and oak).
Following the design principles discussed above, namely
increasing the bonded surfaces in which adhesive is
stressed under shear, allowing for a direct access to the
bonded areas, and extending the range of adhesives and
timber species, a pedestrian bridge 1.40m in width and
spanning approx. 10m was planned, designed to sustain a
realistic live load of 500 kg/m². Only timber beams and
glass panels were considered as materials.

The aim of the research presented hereafter is to show a
methodology on how to design a complex timber-glass
hybrid structure off the beaten tracks by following some
basic principles. In order to do so, it is necessary to
choose materials wisely, consequently characterize them
and find a way to successfully manufacture them to a
whole structure.
During the process, following steps were taken to find an
ideal material combination:
 Choosing and characterising the adhesive by means
of manufacturing aspects,
 Mechanically characterising the timber
 Studying static und durability behaviour of
combined elements
 Studying steady state stresses in timber beam by
numerical simulation

2 GLASS-TIMBER HYBRID BRIDGE
2.1 DESIGN PROCESS
Among the principles of good design with bonded
structures, the most basic is certainly to increase the
bonded surfaces as much as possible, in particular when
materials with very dissimilar properties are considered.
The latter is particularly true when one substrate (as
glass) lacks ductility, which prohibits load
redistributions within parts made thereof. Another basic
design principle associated with adhesives is to favour
shear stresses, to limit axial (tensile) stresses, and to
avoid situations in which adhesives are subjected to peel
loads. In addition to the two aforementioned principles,
the authors considered that the manufacturing process,
and difficulties associated with it, should be considered
in a very early design state so to ensure that the resulting
bonded connections are as flawless as possible by
allowing simple access of the surfaces to bond. A second
class of principles followed for the design was to not
restrict the choice of materials by “common sense”, e.g.

Figure 1: Structural principles of the complex timber-glass
hybrid structure (early design variants): (top) truss, (middle)
Vierendeel, and visualisation (bottom)

Truss structures were ruled out right from the beginning,
because of the very nature of their typology; they would
concentrate their loads in traction and compression in the
struts, with relatively small bonded areas, as emphasised
by Figure 1. Curved structures, e.g. arched although
possible in GLT, were ruled out for the costs associated
with manufacturing cost of corresponding glass panels.
The structural typology followed for the design was the
Vierendeel-beam (sketched in Figure 1), a structure
where the members are not triangulated (as in trusses)
but form rectangular openings, and is a frame with fixed
joints that are capable of transferring and resisting

WCTE 2016 e-book | 4302

bending moments. The following sections describes the
structural logic, structural calculations based thereupon
will be presented separately.
The Vierendeel typology was structurally implemented
by considering upper and lower chords composed of two
pairs of rectangular timber beams. On each side of the
bridge, one upper and one lower timber beam are to be
connected by pairs of glass panels via corresponding
adhesive layers. This structural logic leads in fine to two
sets of Vierendeel-beams that are to be connected by
means of transversal beams. The transversal beams serve
as a support for glass panels that act as running surface.
For obvious structural reasons, the upper and lower
chords, herein the timber beams, need to be structurally
continuous; considering the total length of the bridge,
L≈10m, glued laminated timber beams (GLTB) were
considered. The glass panels however, following the
logic of the Vierendeel-beam, do not need to be
continuous (in which case the whole system would
degenerate to an I-beam); therefore glass-panels of equal
sizes were distributed along the length of the bridge.
Dividing the glass surface into panels presents several
advantages; among the most important is the increase in
redundancy, since it allows for a pre-defined number of
panels to fail without jeopardizing the integrity of the
whole structure (chap. 4.3).
Besides lower costs, because much cheaper standardized
panels could be used, additional advantages results from
the much simpler handling smaller panels allow for, if
compared with panels over the complete length. The
upper and lower chords of each Vierendeel-beam were
connected via pairs of panels, instead of just one, in
order to ensure lateral stiffness; the lateral stiffness
results from the rigid connection between the timber and
the glass which is achieved via the large bonded surface.
Global lateral stiffness is achieved by rigidly connecting
both individual Vierendeel-beams; thus, in the design,
the lateral beams must be connected accordingly; gluedin rods, in combination with rounded dove-tail
connections, are being considered as a mean to achieve a
connection able to transmit bending moments.
2.2 MANUFACTURING PROCESS
The manufacturing process for the timber-glass hybrid
structure must simplify the bonding process as much as
possible, which is considered as the most critical. It is
intended to manufacture the bridge in the sequence
sketched herein, which is depicted in Figure 2: Firstly,
prepare the transverse beams by milling the rounded
dove-tails and drilling the holes for the glued-in rods;
Secondly, lay down the upper and lower chords, pour
the adhesive, place the glass panels, and leave to cure;
Thirdly, once cured, reverse the upper and lower chords,
pour the adhesive on the other side, place the glass
panels, and leave to cure; Fourthly, place both
Vierendeel panels upright, position the transverse beams,
and fix them together by means of glued-in rods; Fifthly,
uplifting of the bridge on top of its bearing, then placing
the glass panels to form the running surface. The timing
of the assembly is mostly dictated by the curing time of
the adhesives used.

Figure 2: Principle of assembling the hybrid timber-glass
structure

3 EXPERIMENTAL INVESTIGATIONS
ON THE TIMBER-GLASS BONDED
CONNECTIONS
3.1 SELECTION OF ADHESIVES
As already stated in the introduction, the most critical
material for the considered hybrid structure is the
adhesive. Its selection is based upon considerations on
strength and stiffness; additional fundamental constraints
on the adhesive result from its ability to achieve
sufficient adhesion on substrates, glass and timber. In the
frame of this investigation, 5 different adhesives reported
in literature have been considered for timber-glass
structures: adhesive classes as diverse as (1K and 2K)
polyurethanes, acrylates, (2K) epoxides and (2K) silanmodified epoxides (2K) were included, covering a range
of lap shear strength from 4.5 MPa to 28 MPa, and a
range of stiffness varying from 10 MPa to 2’500 MPa.
Table 1 summarizes the main properties of the adhesives
considered; this data is complemented by a Dynamic
Mechanical Analysis (DMA) of all adhesives, with the
results being reported in Figure 3.

Figure 3: Results of the DMA on all adhesives considered
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Table 1: Technical data of the considered adhesives

Stiffness at RT [MPa] acc. data sheet
(DMA) Glass transition TG [°C]
(DMA) E’-Modulus at -20°C [N/mm²]
(DMA) E’-Modulus at 25°C [N/mm²]
(DMA) E’-Modulus at 80°C [N/mm²]
Lap shear strength [MPa] acc. data sheet
Strain at rupture [%] acc. data sheet
Manufacturing aspects
Working viscosity
Max. manufacturing time
Hardening time

STEP
epoxysilane
Collano
RS 8509
60
< -50
43
22
7
7,0
250

AKR
acrylate
Sikafast
5221 NT
250
57,1
1052,0
267,4
1,9
10,0
200

EP
epoxy
Sikapower
477 R
1700
61,5
1792,0
1569,9
22,9
28,0
3

2KPU
polyurethane
Sikaforce
7818 L7
2500
51,1
2057,0
1919,0
18,46
20,0
2,5

stable paste
45 min
-

pasty
120 min
21 d

stable paste
10 min
˃ 25min

pasty
60 min
7d

stable paste
7 min
-

3.2 TIMBER
Timber can broadly be divided into softwood and
hardwood, the former coming from conifers such as
Spruce and Pine, while the latter from angiosperm trees
such as Beech and Oak. Both categories exhibit
significant differences in their properties, which can be
tracked down to fundamentally different anatomies.
Softwood is currently to a very large proportion
processed for structural building applications.
Hardwoods exhibit a more complex anatomy that
includes the presence of pores, or vessels. Although
beech and oak are currently only rarely used as a
construction material its abundant availability in Central
Europe and its high mechanical resistance make it a
promising material for structural applications. In the
framework of the design of the pedestrian bridge, three
timber species were considered: firstly, the most
frequently used softwood in timber engineering, spruce;
secondly and thirdly, two representatives of hardwoods
were selected for their expected mechanical resistance
(beech) and enhanced durability (oak), if compared to
spruce.

Table 2: Determined timber parameter

beech
(fagus
sylvatica)

oak
(Quercus
robur)

Variance

Commercial name

1KPU
polyurethane
Sikaflex
265
Not given
-54,3
18
6,4
4,5
450

Variance

Adhesive designation in this study

Source

[16]

MC

8%

fX

56.8

16

67.1

21

fY

14.3

13

7.9

11

fXY

17.1

11

16.4

4

unit

[MPa]

[%]

[MPa]

[%]

8%

3.2.1 MECHANICAL CHARACTERIZATION OF
BEECH AND OAK

For the subsequent joint capacity prediction however,
and assuming that the timber parts fail, beech and oak
had to be mechanically characterized with regard to
strength. According to previous experience on bonded
timber joints, failure is triggered by a combination of
axial stresses, σX, transverse tensile stresses, σY, and
shear stresses, XY. Consequently, and in accordance
with previous validated practice, off-axis traction tests
were performed [16], [17]. For oak, a total of 24 dogbone-shaped specimen according to ISO 527 were tested
to determine the material strength components fx, fy, and
fxy. Four different angles of the specimens’ longitudinal
axis to the grain (0°, 10°, 45° and 90°) were considered.
The specimen dimensions were: overall length =
150 mm, width of the grip section = 35 mm leaving a
gage length = 80 mm with a corresponding cross section
= 10x4 mm. Tests were carried out at room temperature
(22°C). Before being tested, the specimens were stored
in a dry environment at room temperature (22°C). Test
results are reported in Table 2. The moisture content
(MC) was determined by electrical resistance
measurement with 8%.

Figure 4: Specimen according ISO 527 after mechanical
characterisation. [top left] grain parallel to load; [top right]
grain 10° to load; [bottom left] grain 45° to load ; [bottom
right] grain 90° to load.

Considering the dimensions envisioned for the design,
all three timber species would be used in the form glued
laminated timber beams (GLTB); GLTB is delivered in
different qualities, herein the highest quality,
corresponding to GL32h according to DIN 1052.
Comparisons of characteristic values (5%-quantile),
which are used at dimensioning the girders, are shown in
Table 3. It must be emphasised that these characteristic
values severely underestimate the real mechanical
performance, especially in tension perpendicular to
fibres.
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Table 3: Comparison of characteristic values in EC5 and own
experimental data

EC 5
GL32h

Oak
Glulam
‘VIGAM’

beech
(fagus
sylvatica)

Source

[18]

[19]

[16]

ft,0,k

22.5

23

38.6

39.2

ft,90,k

0.5

0.6

10.6

6.2

fv,k

3.5

-

13.4

13.7

unit

[MPa]

[MPa]

[MPa]

[MPa]

oak
(Quercus
robur)

Timber engineering codes (herein EC5) additionally
require the characteristic value of strength to be reduced
depending upon the intended usage, which is defined in
terms of service class, respectively load duration classes.
Herein, service class 3 is envisioned, which leads to
reduction factors of 0.385 for constant loads (dead load),
and 0.538 for short term loading (live load and uniform
line load on handrail).
3.2.2 ORTHOTROPIC BEHAVIOUR IN SHEARCOMPRESSIVE TESTS

To complement to standard lap shear testing,
investigations were performed on timber blocks 40 x 40
x 18 mm³, which can be bonded in different grain
orientation to a glass plate, and be subjected to
compressive-shear, as documented in Figure 5. In
corresponding tests, with a procedure that did not follow
a specific standard, load was applied parallel, and
perpendicular to the timber grain. Without detailing all
experimental results, summarized in Figure 5, which
basically confirms the lap shear tests for the case of
testing parallel to the grain, it is important to notice that
differences arise if timber is tested perpendicular to the
grain: for the case of spruce, the differences are
significant (up to 1:6 reduction for acrylate, 1:5 for the
epoxy) unless adhesive failure is involved (as it is for the
1K polyurethane); for beech, which exhibits far better
mechanical properties than spruce, the difference
between the two loading directions are not as significant
(reductions of a mere 10% for acrylate, below 20% for
the epoxy).

Figure 5: Shear strength of spruce and beech tested on
compressive shear

3.2.3 SHEAR-TENSILE TESTS DURING
WHEATERING

To investigate the effect of climatic variations on the lap
shear strength, in particular stresses and strains induced
by the swelling of the different timber species, lap shear
specimen according to DIN EN 1465 were subjected to
simultaneous cyclic variations of temperature and
humidity. In each cycle, temperature was maintained for
24 hours at −20 °C at a relative humidity level of 60%,
then raised to +80 °C and 95% rel. humidity for another
24 hours; the combination of both periods of 24h being
labelled cycle, and lasts 48h. The cycle was selected to
model an exaggeration of the weather in Bremen, the
location of the bridge.
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Figure 6: Lap shear strength for all combinations of adhesives,
and glass before and after aging, (top) spruce, (centre) beech,
(bottom) oak

Specimens were removed after defined numbers of
cycles, and tested in shear. The resulting development of
lap shear strength over the number of cycles is depicted
in Figure 6 for each timber specie: for spruce, no
significant decay of lap shear strength is observable,
even after 11 cycles; on the contrary, for the acrylate, an
increase is noticeable; regarding beech, the most
prominent feature is the dramatic decay in strength for
the epoxy after 4 cycles, which however is reversed for
subsequent cycles; with oak, lap shear strength of epoxy
decays from around 18 MPa to 12 MPa within 11 cycles.
3.3 GLASS
The glass panels envisioned for the bridge should consist
of tempered safety glass. For the vertical panels,
laminated safety glass consisting of two individual
laminated plates are considered, while for the running
surface it should consist of three layers; following the
roules of TRAV [20]. As it will be shown later in the
calculations, stresses generated inside the glass panels
are relatively small, so that glass is not the limiting
factor in the design. As a consequence, no further
emphasis on the glass panels, their quality and
mechanical properties will be detailed.
3.4 SUMMARY OF THE INVESTIGATION
The experimental results on the load-bearing capacity of
the different combinations of timber species and
adhesives types yielded several conclusions, among
them the following most important for the design:
 The traditional “soft” adhesives considered for
bonding glass, herein 1K-PU and acrylate exhibit
relatively low shear strengths, and usually fail at the
timber interface

 In contrast to the aforementioned, the “stiffer”
epoxides, as expected, allow for much higher
mechanical performance
 Glass was never the critical interface, except for the
weathered 2K-PU; however, achieving adhesion on
the different timber species was regarded critical, and
only the two epoxies achieved this in all cases
 The effect of weathering on the strength of bonded
timber-glass connections is strongly influenced by
the timber species; with regard to this aspect, it is
worth noting that beech is more critical than spruce
or oak.
With regard to the mechanical performance of the
timber, spruce was ruled out for its strong orthotropy,
which resulted in a high disparity between the behaviour
parallel and perpendicular to the fibre, as indicated in
Figure 5; this was considered critical because of the
occurrence of shear stresses in both axes.
Based thereupon, it was decided to choose one of the
two epoxies for the design. Although the silan-modified
epoxides shear strength is consistently lower than that of
the 2K-epoxy, it seems much less prone to degradation
with regard to weathering effects, as emphasised by the
test data after several cycles. Additionally, the silanmodified epoxide exhibits an E-modulus of 60 MPa,
which is a magnitude below the corresponding value of
the 2K-epoxy (1700 MPa), which makes is potentially
less critical with regard to stresses induced by swelling.
For the aforementioned reasons, the final design of the
timber-glass bridge was done combining oak with the
silan-modified epoxide.

4 NUMERICAL MODELLING
4.1 BASIS OF THE NUMERICAL MODELLING
Based on the design principles stated before, and on the
experimental investigations on the bonded timber-glass
interface, including taking into account effects due to
weathering, the design (depicted in Figure 7) was
finalised as follows:
 4 Oak GLT-beams 180 x 100 mm² in section acting,
in pairs, as upper and lower chord;
 12 tempered security glass panels 1’350 x 750 mm²,
with a thickness of 2 x 10 mm;
 As adhesive, Collano RS 8509 used to bond the glass
panels to the timber beams, applied on both sides of
the beams with a layer thickness of 3 mm so to
compensate for material imperfections;
 11 transverse oak-GLT-beams 180 x 80 mm²
connected via glued-in rods (here the 2K-epoxy can
be used);
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Figure 7: Final design of the timber-glass pedestrian bridge with the main dimensions given (in mm)and an overlay of the meshed
numerical model

 10 tempered security glass panels 1300 x 750 mm²
with a thickness 3 x 10 mm to act as running surface.
Material properties for the subsequent modelling were
drawn from codes and standards (herein DIN EN 338,
14081-1, EC5), if not available were gathered from
datasheets, or own testing. Numerical modelling was
performed using commercial FE Software, herein Ansys
in its version 14. A full 3D model was meshed with the
higher-order three-dimensional 20-node structural solid
element SOLID186. The bridge was modelled as being
supported on neoprene bearing pads; one end simply
supported, the other fixed such to achieve static
determination. All bonded connections were assumed to
be fully rigid; adhesives were modelled as linear elastic
materials using the initial stiffness, thus neglecting the
potential benefit from load redistribution via yielding.
Because of symmetry, only one quarter of the bridge was
modelled.
Different load cases were considered:
 Firstly, dead weight which was modelled upon the
material densities;
 Secondly, a live load of 5 kN/m² acting on the
running surface;
 Thirdly, a horizontal linear load of 1 kN/m acting on
top of the upper chord which acts as a handrail.
 At last, a combination of those
Dead load was augmented with a load factor of =1.35,
all other loads were augmented by =1.5 according to
EC 5. Loads were linearly superposed, without taking
advantage of the possibility to reduce safety factors by
load combinations.
4.2 NUMERICAL RESULTS
Numerical results are given summed up as maximum
stresses per bridge component and presented separately
in Table 4. For the sake of simplicity, and because stress
levels were not critical for all bridge components other
than wood, van Mises stresses are reported.

Table 4: Maximum von Mises stresses, computed in MPa for
each bridge component, except wood (for which Tab. 4
applies)
Maximum von Mises stresses
Component

1 Dead
Load

2 Live
Load

3 Lateral

Total

Max displacement
midpoint

1.88

3.56

0.89

6.33

1.81

2.80

0.44

5.05

3.14

4.94

1.79

9.87

0.54

3.23

0.33

4.10

2.19

3.90

0.10

6.19

[mm]
Adhesive layer
[MPa]
Vertical Glass
[MPa]
Glass Slabs
[MPa]
Neoprene Pad
[MPa]

Regarding wood, in particular the longitudinal beams,
two verifications were made, and each using two
different sets of material resistance parameters:
 A maximum stress based criterion, with
mechanical resistance drawn from EC5, resp. using
orthotropic characteristic values (5%-quantile). If
using mechanical resistance originating from EC5,
the maximum stress criterion reaches a value of
6.08+7.44=13.52>1, indicating failure. However, it
drops to an acceptable values of 0.54+0.45=0.99<1
considering characteristic values from own
experimental data, which includes the reduction
factors for the different load durations (cf.
section 3.2.1)
 A Tsai-Wu criterion, which comes close to the
widely accepted Norris (1962) criterion, with
mechanical resistance drawn from DIN 1052, resp.
using orthotropic characteristic values (5%-quantile);
similarly, considering timber strength data from DIN
1052 would lead to a value of 40.74>1, while using
realistic own experimental data leads to a mere
0.94<1.
In both cases corresponding Figure 8 and Figure 9 depict
the values of the max stress criterion. It appears that in
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all cases maximum values correspond to well delimited
stress peaks are limited to areas close to the supports,
and the corners of the contact area between timber,
adhesive and glass. In all cases they represent stress
concentrations.

Figure 9: Maximum stress criterion with own experimental
data from Table 3 for dead load with a maximum of 0.54 (top),
and a combination of live load and lateral load with a
maximum of 0.45 (bottom)

Since these stress peaks concentrate on small areas of the
structure, their magnitude could be relieved considering
the plastic behaviour of the adhesive (not considered in
the current FEA). Independently of the aforementioned,
the authors considered it legitimate to amend current
codes with own validated experimental data, in particular
if it has been considered at the 5%-quantile level.
4.3 MODELLING THE REDUNDANCY

Figure 8: Maximum stress criterion with data from EC5 for
dead load with a maximum of 6.08 (top), and a combination of
live load and lateral load with a maximum of 7.44 (bottom)

Additional modelling was performed to test the
redundancy of the bridge with regard to failure of
selected glass panels; to not overload this publication,
results will only be summarized.
Numerical calculations were performed at the same
system, but sequentially removing selected glass panels;
the result was that removing one panel almost doesn’t
affect the stress distribution in the structure with
increases below 1%, removing two panels leads to an
increase in the range of some 5-6% percent in both
stresses and deformations, only if two adjacent panels
are destroyed does stress redistributions lead to local
increases of 8-10%.
However, codes allow reducing all partial safety factors
to 1.0 in particular emergency situations, e.g. in fire; it is
reasonable to consider the rupture of a tempered safety
glass panel as such a situation, which in turn more than
compensates for the partial loss of structural integrity.
4.4 SUMMARY OF NUMERICAL MODELLING
Structural verification of the timber was performed
considering a maximum stress criterion, and a Tsai-Wu
criterion;
 If considering mechanical resistances originating
from codes (EC5), verification fails at limited hot
spots of the structure (bearings, and the edges of the
bonded glass panels);
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 If considering experimental strength data at the 5%quantile level, i.e. characteristic values, verification
is achieved, since both criteria (maximum stress,
Tsai-Wu) remain below 1, even if considering long
term loads (dead load).
Regarding the adhesive, the maximum stress cumulated
from all load cases is equal to 5.05 MPa, which ranges
below the lap shear strength after weathering; the authors
considered this to be sufficient safe.
The tempered safety glasses are, under the combination
of all considered loads, stressed to a value of up to 9.87
MPa (lateral panels); a value far beyond the capacity of
common tempered safety glasses;
Maximal deflection of the bridge, as calculated, amounts
to a mere 6.33 mm, which represents a value below
1/1000 of span, leaving sufficient safety margin for
creep deformations not considered herein;
The structural integrity of the hybrid structures remains
intact, even if some of the glass panels are destroyed,
which indicates that a certain form of redundancy can be
obtained, despite the very brittle nature of the bridge
components.

5 CONCLUSIONS
Adhesively bonded hybrid structures involving glass as
load bearing elements remain challenging to design. The
latter is particular true when glass is combined with a
relatively material exhibiting relative complexity, as is it
the case with timber.
The design process described in this publication presents
some of the principles behind adhesive-adapted design,
experimental work necessary to select the right
combination of materials as well as a methodology for
structural verification, including a proposal to achieve a
certain level of redundancy. However, it also shows that
current timber codes severely underestimate strength for
stress components that are critical in the context of
bonding; it is though legitimate and possible to amend
corresponding standards using experimental data.
Based thereupon, it is planned to build the bridge in the
upcoming months, giving an opportunity to physically
test the validity of the concept.
(On behalf of all authors, the corresponding author states
that there is no conflict of interest)
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TIMBER-STEEL-COMPOSITE – A POSSIBILITY FOR
HYBRID STRUCTURES OF LONG SPAN TIMBER FLOORS
Severin E. Zimmer1, Manfred Augustin2
ABSTRACT: The present contribution deals with the theoretical analysis of a selected geometry of CLT-elements
combined with steel trapezoidal cross sections with a subsequent description of test specimens and the results of the
conducted four-point-bending test. Used for long span floors this hybrid construction can be adjusted in its bending
stiffness as needed. By placing the steel part into the tension zone a ductile failure mode can be achieved as well as
notching the trapezoidal cross section is applicable easily. By performing full scale four-point-bending-tests of several
test specimens it was possible to confirm the theoretical findings.

KEYWORDS: CLT, steel trapezoidal cross section, hybrids, timber-steel-composite, ductile failure, long span

1 INTRODUCTION 12
For massive timber constructions with Cross-Laminated
Timber (CLT) the field of intermediate spanned ceilings
plays an essential role in order to achieve an economic
design of timber buildings. In case of requested spans of
about five meters and higher the required thickness of
the CLT-element, due to the serviceability limit state
design, leads to a large volume of timber. One way to
increase the rigidity of the floor, while saving material,
results from the combination of CLT-elements in the
compression zone and glued on steel trapezoidal cross
sections in the tension zone. Depending on the choice of
the trapezoid height, the thickness of the sheet and width
of the trapezoidal area in the tension zone, the bending
stiffness can be varied as desired whereas only a small
amount of steel is needed. In addition also
reinforcements of steel or carbon fibres (CFK) can be
applied at the lower tension edge, which creates
additional opportunities for the optimisation of the
bending stiffness. Further the mentioned combination of
timber and steel results in a ductile failure mechanism,
which announces itself by highly increased deformations
long before the collapse.

designed as single span beam. In this first approach a
trapezoidal cross section with a sheet thickness of
0.75 mm was glued on a CLT-element with layer
thicknesses of 32 - 19 - 35 - 19 - 33,5 mm and the
dimensions length/width/height = 6494/603.2/138.5 mm.
The dimensions of the cross-section are shown in
Figure 1. An advantage of glued connections, compared
to flexible joints which are used for timber-steelcomposites, is the high stiffness of the bonded joint, so it
can be considered as rigid with no loss of bending
stiffness. CLT and trapezoidal cross sections are both
planar elements, whereat the trapezoidal cross section
needs a minimal amount of steel while having a high
bending stiffness in the main load bearing direction. In
transverse load bearing direction and for horizontal shear
forces the steel part is supported by the CLT as it has
hardly any bending stiffness in this way. Depending on
the geometry of the trapezes and eventually on the
reinforcing fins approximately 12 to 45 % of the area
between steel and timber can be glued, to ensure a rigid
shear connection.

2 CLT-STEEL-COMPOSITE
PRILIMINARY TEST
A preliminary test was conducted to gain experience
about the efficiency and weaknesses of timber-steelcomposite (TSC). The specimen consisted of a five-layer
CLT in the compression area and a trapezoidal cross
section made of steel in the tension zone and was
1
2
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all holz.bau forschungs gmbh, Graz / Austria

Figure 1: Dimensions of the cross section of the preliminary
test

The properties of the CLT-element are known as it was
used as specimen number four in non-destructive tests in
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[1]. The trapezoidal cross section was fabricated by a
tinsmith out of a 0.75 mm thick sheet of steel with zinc
coating on both sides (actual thickness: 0.9 mm). While
the properties of the CLT, listed in Table 1, are given in
[1], the strength and stiffness of the metal sheet
(DX51D+Z 275 MA) was estimated by a tension test in
the laboratory (ON EN 10002-1:2001 [2]) and resulted in
a mean yield strength of Rp0.2 = 361.7 N/mm², a mean
tensile strength of Rm = 440.1 N/mm² and a mean
modulus of elasticity of E = 226,900 N/mm². The
trapezoidal cross section was simplified into an upper
flange, an equivalent web and a lower flange for the
calculation.

notch, while the other side was tapered with an angle of
30° to provide an even change of the cross section and
therefore an even impose of the forces. As notches leads
to an intense increase of lateral tension stress close to
change of the cross section, reinforcements are needed to
ensure a bending failure of the TSC instead of a failure
at the supports. Three full threaded screws with adequate
washers and the dimensions Ø8x140 mm were placed
beside each end of the webs to prevent an unwanted
early crack at the notches (see Figure 3).

Table 1: Material properties of the CLT-element

parameter
E0,mean
E90,mean
Gmean
GR,mean
fm,k
fv,k
fr,k

[N/mm²]
11,068
370
690
50
24
2.7
1.0

As the polyurethane glue PURBOND HB S309 has a
good adhesion on steel too, it was used to bond the steel
and timber element. The used glue is approved for
timber to timber connections only (Z-9.1-765 [3]),
however the bond was strong enough for the conducted
tests. To ensure a good bond between steel and timber
the surface of the CLT was planed and the zinc coating
of the steel sheet was removed in the bonding area. In
the gluing process itself the glue was applied on the CLT
element while the cleaned trapezoidal cross section was
sprinkled with water before it was attached and pressed
to the CLT-Element with a bonding pressure of
0.4 N/mm² (see Figure 2).

Figure 3: Tapered notch with screws of the preliminary test
specimen

2.1 DESIGN OF THE PROOF LOAD
Based on the dimensions in Figure 1 the calculated
effective
bending
stiffness
results
in
((EI)BSP = 1.29x1012 Nmm²)
(EI)ef = 3.12x1012 Nmm²
and was calculated with the help of the n-digit-method.
For the calculation the shear flexibility was neglected
and the connection between timber and steel was
assumed as rigid. As mentioned a four-point-bending test
with a span of 6 m was conducted for which the
calculated proof load for the first four modes of failure
are given in Table 2. The 95 %-fractile of the material
strength was used as level of failure and is based on the
characteristic strength and an estimated coefficient of
variance (COV) of 20 % for the timber. As the properties
of the steel sheet were tested separately, the yielding
strength had been adopted without any further
calculation.
Table 2: Mode of failure, proof load and authoritative material
strength for the four-point-bending-test

mode of failure

Figure 2: Sanded and sprinkled bonding surface of the
trapezoidal cross section

The preliminary test specimen was constructed for a
four-point bending test with a span of 6 m. The length of
the trapezoidal cross section resulted in 5.75 m as it was
notched with an offset to the centre of the support of
125 mm. The notches had been carried out for an easy
connection of the floor element to the load bearing walls
and to avoid an out-of-plane pressure onto the
trapezoidal cross section. One side had a right angled

yielding of steel
bending failure of compressed timber
rolling shear failure of CLT at support
bending failure of tensioned timber

proof load
[kN]
31.3
149
263
275

On the basis of the preliminary design in Table 2 the
yield point of the steel at the lower edge will be achieved
at a proof load of 31.3 kN. As the used steel is able to
absorb a high amount of strain (A80 = 24 %), it can be
expected that the trapezoidal cross section will plastify
across the hole profile far before the tensile strength is
reached. While the plastification process goes on, the
bending stiffness is changing too, whereby the elastic
theory based proof loads for the following modes of
failure are deviating. According to the elastic theory the

WCTE 2016 e-book | 4311

second failure occurs by a bending failure of the
compressed upper edge, where the load is more than four
times higher than at the first mode of failure. However,
this relation could be optimized by changing the
geometry of both materials.
When the yielding point will be reached, the deflection
of the specimen at midspan should be w = 38.5 mm
(= l / 155).
2.2 RESULTS OF THE
FOUR-POINT-BENDING-TEST
Figure 4 shows the TSC specimen at the end of the
bending test and can be seen as the proof of the proposed
ductile behaviour of the system. According to Figure 5
the behaviour of the specimen until the bending failure
of the lower CLT-lamella can be divided into two
sections. In section A the specimen had a linear elastic
behaviour until the yield point had been achieved at a
load-level of approximately 36 kN. For the elastic
section the local bending stiffness resulted in
(EI)ef = 3.79x1012 Nmm² with a local reference modulus
of elasticity for the composite section of
Ev = 13,432 N/mm². After reaching the yield point the
steel part started to plastify in section B, whereat the
bending stiffness was continuously decreasing in the first
half. The recurring linearity in the second half of section
B can be explained with a full plastification of the
trapezoidal cross section and the remaining elastic
deformation of the timber.
As the bending failure of the TSC occurred, the load
level was F = 84.2 kN, with a deflection of w = 136 mm.
Before the test had been aborted due to imminent contact
of the specimen with the testing machine at midspan
(approximate maximum deflection w = 170 mm), the
proof load reached a level of 87.7 kN (containing two
load drops).
Compared to the values of the preliminary design, the
effective bending stiffness was 21.4 % stiffer than
predicted. The actual thickness of 0.9 mm of the
galvanized steel sheet in contrast to the nominal
thickness of 0.75 mm used in the calculation is one

explanation.
An
effective
stiffness
of
(EI)ef = 3.24x1012 Nmm² resulted by using a thickness of
0.9 mm, which is 17 % below the measured one and still
conservative. However, zinc has other material
properties than steel, so the nominal thickness of the
steel sheet must be used for the verification according to
the ON EN 1995-1-1:2015 [4]. A further explanation for
the differences between calculation and test result are
slight tolerances in geometry and material properties.

Figure 4: Deflection of the timber-steel-composite-floor at the
end of the four-point-bending-test

The bending failure of the tensioned lamella of the CLT
occurred at a load-level of 84 kN, which is far below the
predicted 275 kN. Caused by the plastification of the
trapezoidal cross section, the bending stiffness degreased
which led to a higher stress on the lamella than predicted
with the elastic calculation.
As the test results and the preliminary calculations fit
quite well, with a conservative tendency, the assumption
of a rigid joint between the timber and steel and the
neglecting of the shear flexibility of the CLT seems to be
a good approach for given l/h-ratios.

Figure 5: Load-displacement-diagram of the four-point-bending-test of the preliminary specimen
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3 TESTS WITH OPTIMISED
TIMBER-STEEL-COMPOSITE
In the preliminary test the aimed ductile behaviour and
the increase of bending stiffness at low weight and
construction height was achieved. Regardless the gained
saving of material compared to a CLT-floor with similar
bending stiffness was quite small to justify the excess of
effort for the production. Therefore some optimizations
were conducted to improve the efficiency of further
specimens.
To choose a commercially available trapezoidal cross
section is one approach to optimize the costs of the TSC
floor although they are limited in sheet thicknesses of
maximum 1,5 mm and steel grades with maximum yield
strengths of Rp0,2 = 350 N/mm². The limits are caused by
the used production process of roll-bending, where too
high material strengths leads to high abrasion of the
machines and less dimensionally stable cross sections
with buckled webs. If a higher strength of the steel is
necessary (see ÖNORM EN 1993-1-3:2010 [5]), it must
be ordered as special profile, produced on a trimming
press, what again leads to higher production costs. Based
on these considerations the trapezoidal cross section
S 135/420 of the company Siegmetall GmbH with a
sheet thickness of 0.75 mm had been chosen for the test
of TSC-cross sections.
Besides varying the thickness of the CLT another
approach to improve the TSC is to add some
reinforcement to the lower edge of the trapezoidal cross
section. As an example the reinforcement can be sheet
steel or carbon fibre laminate lamellas, which is welded,
riveted or glued onto the trapezoidal cross section. With
this method some extra material can be added at the
maximum distance to the neutral axis where it improves
the bending stiffness most effectively.

Figure 6: Dimensions of the cross section of version I

By using the mentioned optimizing tools, the design of
seven further specimens was chosen according to
Figure 6 (three specimens; PB-01, PB-04, PB-06),
Figure 7 (three specimens; PB-02, PB-03, PB-05) and
Figure 8 (one specimen; PB-07). For version I and
version II a CLT element with 120 mm and equal layer
thicknesses was glued on the mentioned trapezoidal
cross section S 135/420 (negative position). As the
PURBOND HB S309 adhered quite well at the
preliminary test with timber of the strength grade C24
and steel, it was chosen for the further specimens too.
Version I can be seen as reference base whose neutral
axis is in the second third from the upper edge of the
CLT-element (zue = 81.8 mm). The chosen geometry has

full tensioned steel part and predominant compressed
timber part under a bending load with a bending stiffness
of (EI)eff = 4.33x1012 Nmm². In version II steel sheet
lamellas (S235) with a cross section of
thickness/width = 8/130 mm were glued on the lower
edge of the trapezoidal cross section as reinforcement.
This process increases the bending stiffness by 235 % to
a bending stiffness of (EI)eff = 1.45x1013 Nmm², where
the neutral axis is 17 mm below the glued joint between
steel and timber (zue = 137 mm). The two component
epoxy glue Sikadur®-30 Normal served as glue for
attaching the reinforcement and is approved for
structural reinforcements on and with materials like
concrete, steel and special carbon fibre elements (see
[6]). From the theoretical point of view version II has a
good bending performance as it is similar to an I-beam
with lot material in the upper and lower part of the cross
section (CLT and reinforcement as flanges) and less
material in the middle part of the cross section
(trapezoidal cross section as web).

Figure 7: Dimensions of the cross section of version II

Specimen PB-07 (see Figure 8) was produced in the
same way as the preliminary specimen but only with one
trapezoid and reinforcement made of carbon fibres.
CLT-element number six of [1] was cut to dimensions of
length/width/thickness = 6500/302/135.6 mm, while the
trapezoidal cross section was a removed part of the one
of the preliminary test. As carbon fibre reinforcement a
lamella of Sika® CarboDur® S614 (see [7]) with the
dimensions of thickness/width = 1.4/60 mm was bonded
on the steel element with the same epoxy as the steel
reinforcement in version II. Calculated with the same
width of version III, the bending stiffness of the
preliminary test was (EI)eff = 1.50x1012 Nmm². By
adding the carbon fibre lamella the bending stiffness
could be raised by 23 % to (EI)eff = 1.85x1012 Nmm².

Figure 8: Dimensions of the cross section of version III

Adjusting the thickness of the Sika glue to a certain
value was not possible. For the calculation of the
bending stiffness of the reinforced specimens it was
necessary to estimate the actual thickness of the Sika
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glue after the four-point-bending-tests, when the
reinforcements were removed and the bonded joint was
accessible. Measured with a Vernier calliper and an
approximate accuracy of ± 0.1 mm the results are given
in Table 3.
Table 3: Measured thicknesses of the bonded joint underneath
the reinforcement lamellas

specimen
PB-02
PB-03
PB-05
mean (PB-02,-03,-05)
PB-07

thickness [mm]
5,4
4,6
5,4
5,1
1,3

The span of 6 m for the four-point-bending-test was
equal to the preliminary test for most of the specimens.
In case of PB-06 and PB-07 the estimation of the
material properties of the steel made it necessary to
shorten the trapezoidal cross section for a probe. While
the dimensions at the support were kept the same as at
the other specimens, the free span resulted in l = 5.75 m
(PB-06) and 5.5 m (PB-07). As mentioned, the
dimensions for PB-07 were equal to those of PB-01 to
PB-06 in Figure 9, except the lower height of the
trapezoid which led to a shorter length of the tapered
notch.

Figure 9: Dimensions of the notched support of specimen
PB-01 to PB-06 (reinforcement not plotted) with the transverse
bulkhead at the left support

In the first two tests with PB-01 and PB-04 a stability
failure of the trapezoid at the tapered notch occurred and
lowered the load capacity of the TSC (see Figure 10). To
avoid this stability failure of the tapered notch a
transverse bulkhead was screwed into the cavity of the
remaining four specimens with the S 135/420 trapezoidal
cross section. The transverse bulkhead consisted of a
laminated veneer lumber made of spruce with a
thickness of 26 mm (see Figure 11).

Figure 10: Stability failure of the left support with tapered
notch

Figure 11: Transverse bulkhead at the tapered notch

3.1 MATERIAL PROPERTIES
To eliminate unknown parameters, the CLT-elements of
PB-01 to PB-06 were tested in a non-destructive fourpoint-bending-test before attaching the trapezoidal cross
sections. The measured local modulus of elasticities are
listed in Table 4 and supplemented by the elasticity of
PB-07, which was investigated in [1]. As the bending
tests were non-destructive the material strengths could
not been estimated and were retained from [8] and
ON EN 338:2009 [9]. Except the rolling shear strength
of fr,k = 0.7 N/mm² for PB-01 to PB-06, the material
properties of the CLT-elements are the same as those of
the preliminary tests.
Table 4: Estimated local bending modulus of elasticity of the
CLT-elements

specimen
PB-01
PB-02
PB-03
PB-04
PB-05
PB-06
PB-07

Elocal,mean [N/mm²]
12,211
10,754
12,310
13,303
11,116
10,103
10,970

A part of both applied trapezoidal steel section was
removed to estimate the precise material properties for
the further investigations (ÖNORM EN 10002-1:2001
[2]). While the material properties of the steel sheet for
PB-07
are
given
(Rp0,2 = 361.7 N/mm²;
Rm = 440.1 N/mm²; Emean = 226,900 N/mm²), the mean
yield strength, the mean tensile strength and the mean
modulus of elasticity of the S 135/420 were estimated to
Rm = 420.5 N/mm²
and
Rp0,2 = 395.2 N/mm²,
E = 188,633 N/mm². For the reinforcement lamella made
of steel S235JR no material test was conducted
(Rp0,2,min = 235 N/mm²; E = 210,000 N/mm²).
The material properties of the carbon fibre lamella
and
the
adhesive
Sika® CarboDur® S614
Sikadur®-30 Normal are listed in the datasheet [7] and
[6]. Compared to the modulus of elasticity of the steel
the one of the carbon fibre lamella is slightly lower
(Emean = 170,000 N/mm²), in contrast the mean tensile
strength of the carbon fibre is quite large
(Rmean = 3,100 N/mm²) and far in excess of steel. Stated
in [6], the shear strength of the Sika glue according to
the DIN 53 283 at a temperature of +23 °C is 18 N/mm²
(single lap joint) after seven days of curing.
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3.2 DEISIGN OF THE PROOF LOAD
Equal to the preliminary test the proof load was
estimated by using the 95% -fractile of the material
strength of the timber (COV = 20%) and the mean values
or the characteristic values of the steel parts (S235JR),
respectively. The first four results are listed and arranged
ascendingly according to the first test configuration
(TSC with S 135/420) in Table 5.

lower edge of the trapezoidal cross section and in case of
reinforcements at the lower edge of the reinforcement
lamella (see Figure 12). Based on the measured strain
and the separately tested material properties of the steel
it was possible to calculate the stress very accurately.

Table 5: Mode of failure and proof load for the four-pointbending-test

mode of failure

PB-01
PB-04

PB-06

PB-02
PB-03
PB-05

PB-07

yield point of steel

52.3

55.8

125

22.2

bending failure of
compressed timber

216

230

432

97.7

rolling shear failure
of CLT at support

217

217

217

130

shear failure of
timber at joint

254

254

240

245

According to Table 5, the authoritative failure for all test
configurations is the yielding of the steel at the lower
edge of the trapezoidal cross section. As the proof load
of the next mode of failure is more than four times
higher than the first one (two times for the steel
reinforced configuration), the desired ductile behaviour
should be achieved for all test configurations. The gap
between the first and second mode of failure on the one
hand acts as a factor of safety as well as the clearly
visible deformations long before the total collapse. On
the other hand the gap depicts the possibility of further
improvements of the TSC-element to achieve equal
utilised material strengths. Above all it must be
considered, that the elastic calculation is not valid after
achieving the yield point of the steel and further modes
of failure need to take the partial plastification into
account (see ON EN 1993-1-3:2010 [5]), which was not
done for the design of the proof load in Table 5.
3.3 MEASUREMENT EQUIPMENT
For the measurements of the local and global deflections
as well as for the displacement between the steel sheet
and the CLT at the supports, the displacement
transducers of Hottinger Baldwin Messtechnik GmbH
(HBM) were used. The nominal displacement of the
transducers was 0 to 10 mm for the local and support
measurements and 0 to 50 mm for the global deflections.
Depending on the geometry at the supports the
transducers were placed in a parallel distance of 37 mm
to the surface of the CLT, while the distance between the
mounting points was 60 mm (see Figure 13).
Furthermore strain gauges were used to measure the
strains in different places of the trapezoidal cross section
or the reinforcement respectively. Linear strain gauges of
the type LY41-6/120 from HBM were placed in up to
three different levels at midspan. These levels are at the
height of the bonded joint between CLT and steel, at the

Figure 12: Linear strain gauges at midspan of the reinforced
specimen PB-03 (centre gauge at lower edge of reinforcement)

Figure 13: Right support with displacement transducer and
strain gauge rosettes

Additionally strain gauge rosettes were placed on the
web of the trapezoidal cross section close to the supports
(see Figure 13) to measure the major principal stress and
the principal axis in these points. Figure 14 shows a
parallel projection of the web of PB-07 at its supports
with the plotted orientation of the axis a, b and c of the
rosettes and the starting point and positive direction of
rotation for the angle φ.

Figure 14: Parallel projection of the web with position and
direction of rotation for the principal axis of the strain gauge
rosettes (RA2 inexistent for PB-07)
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The orientations and schematic positions in Figure 14 are
equal to PB-01 to PB-06, however PB-07 had no rosette
in RA2. As the trapezoidal cross section of PB-01 to PB06 had reinforcing fins, the varying inclination of the
web must be considered in the evaluation of the
measurement data.
The measurement data were captured with the two
measurement
amplifiers
QuantumX 840A
and
QuantumX 410A and recorded with the software
CatmanAP (all HBM).

between the steel and CLT. The failure occurred due to a
combination of shear and rolling shear stresses, which
were initiated by the inclined webs of the trapezoidal
cross sections. This example indicates, that there are
constructive constraints for increasing the stiffness while
keeping the ductile behaviour of this hybrid construction.
Table 6: Results of the four-point-bending-tests

3.4 RESULTS OF THE
FOUR-POINT-BENDING-TEST
By looking at the diagram in Figure 15, different effects
can be derived from the load-displacement-diagram of
the TSC-tests. Equal to the results of the preliminary test
(see Figure 5), the first part of the curves shows a linear
behaviour and can be described as the elastic phase of
the floor elements. While the stiffness of PB-07 cannot
be compared directly in this figure because of the
different width of the floor, the higher stiffness of the
reinforced TSC-elements in contrast to the ones of the
standard configuration (PB-01, PB-04, PB-06) can be
identified quite well. The estimated yield point is marked
with vertical lines and can be detected by the decrease of
the stiffness at 30 to 50 mm traverse path for PB-01, PB04, PB-06 and PB-07. Generally there is a good
agreement between the measured load at achieving the
yield points and the calculated one. A raise of 33 to
115 % of the proof-load was achieved while the TSCelements plasticised until the first load drop, caused by a
shear failure close to the bonded joint. If a TSC-element
with similar geometry is only loaded until the level of
the yield point, the remaining load-bearing capacity in
combination with the huge deflections before the
collapse (l/60 to l/30) acts as a big safety factor.
In case of the reinforced specimen with steel lamella, the
predicted yield point at a load level of 125 kN could not
be achieved because of a failure close to the bonded joint

A slight increase of the local modulus of elasticity
(MOE) Elocal,mean can be detected compared to the
reference MOE (based on the MOE of the CLT) Ev for
all specimens in Table 6. Accordingly the specimens had
a stiffer behaviour than estimated in the proof load
design, although the differences are insignificantly low
so that a good accordance can be confirmed.

Figure 15: Load-displacement-diagram of the four-point-bending-test of specimens PB-01 to PB-07 with vertical lines and listed
force at the yield point (horizontal outliers are an error of measurement)
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Despite the different test configurations and bending
stiffness of specimen PB-01 to PB-06, every single
specimen initially failed due to a crack close to the
bonded joint between timber and steel. Furthermore the
crack mostly started at the load application point and
reached until the tapered notch at the support. As a shear
failure should not occur before a load level of 240 kN, it
is obvious that this failure is not predominantly caused
by shear stress alone but by a combination of shear,
rolling shear and transversal tensile stress. These stresses
are a result of the initiated forces of the inclined webs of
the trapezoidal cross section, which indicate the need of
calculating the steel sheet as folded plate with the help of
a FEM-software (not conducted within the project).
At the end of the test of PB-07 the specimen had an
intensely deformed cross section with well visible
compression strains at the upper edge of the CLT (see
Figure 16). Because of the never exceeded high tensile
strength of the CFK of Rk = 2,900 N/mm² and the
attached strain gauges it was possible to measure a stress
of fm = 1,913 N/mm² at a load level of 79.2 kN. This
tensile stress is higher than the elastic theory based
calculations and was a result of the plastification and the
intense deformations of the cross section, which led to a
low static height.

Figure 16: Deflection and deformations of PB-07 at the end of
the test

According to the ON EN 384:2010 [10] the mean
density and moisture content of the CLT were estimated
to 440 kg/m³ and 10.5 %, respectively.
3.4.1 Stress distribution across the profile
The following diagrams in Figure 17, Figure 19 and
Figure 20 illustrate the distribution of the stresses across
the TSC-cross section at midspan and a load level close
to the yield point or collapse of the specimen. On the one
hand the stress was calculated with the help of the
parameters from the proof load design. On the other
hand the strain was measured with the strain gauges at
up to tree levels of the trapezoidal cross section and
extrapolated to the upper edge of the CLT by assuming a
linear elastic behaviour. The stress was then calculated
with the help of Hooke’s law.

Figure 17: Distribution of the stresses across specimen PB-01
and PB-06 at a load level of 40 kN

In Figure 17 the calculated stresses of specimen PB-01
accorded well with the measured ones, which were the
same for the not shown specimen PB-04 as well. For
PB-06 the measured strain was 32 % higher than
calculated at a load level of 40 kN, while the two
parameters fitted quite well at a load level of 20 kN. This
deviation, which increased as the load level got closer to
the yield point of the steel, can be explained with the
beginning partial plastification of the steel at the lower
edge. A closer look on the lower edge of the trapezoidal
cross section of PB-06 in Figure 18 reveals diagonal and
locally restricted narrowing, caused by the plastification
process. In the subsequent analysis some narrowing was
detected below and close to the strain gauges, which
caused the increased local strain before the global
plastification of the TSC could be detected in the loaddisplacement-diagram of Figure 15. As the
investigations primary aimed at the elastic behaviour, the
strain gauges were dimensioned adequately but should
be longer to cover several narrowings if the steel under
plastification should be analysed in detail.

Figure 18: Diagonal narrowing at the lower edge of PB-06
close to the strain gauge
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inclination of the principal axis is 7.8° to 24.5° higher.
The steeper inclination can be explained with the
presence of the reinforcing fins, which cause a change in
the inclination of the principal stress on its way across
the web.

Figure 19: Distribution of the stresses across specimen PB-02
at a load level of 60 kN

In Figure 19 and Figure 20 the estimated stresses of
measurement and calculation of the reinforced
specimens PB-02 and PB-07 coincide quite well which
also applies for the not shown specimens PB-03 and PB05. The visible deviations are negligibly low and can
occur due to variation in material properties or geometry.

Figure 20: Distribution of the stresses across specimen PB-07
at a load level of 20 kN

3.4.2 Measurement results of the strain gauge
rosettes
With strain gauge rosettes, the principal stress and
inclination can be calculated with the measured strains of
the three axes on the rosette. The load level for the
stresses in Figure 21 to Figure 23 is the same as for the
previous evaluation of the linear strain gauges at
midspan. The Figures show the principal stresses and
inclinations in the positions shown in Figure 14. Within
the same test configurations, the deviations of the
principal stresses and inclinations were negligibly low
and caused by imperfections and slight differences in the
geometry.
By looking at LA1 of Figure 22 and Figure 23 it appears
that PB-07 had a flatter angle (φPB-07 = 37.0°) of the
principal axis than the other specimens (φ = 45.9° to
62.6°). As the rosettes at LA1 are close to the cutting
edge of the tapered notch it can be assumed, that the
inclination of the principal axis is similar to the one of
the edge. For PB-07 this assumption fits quite well as the
inclination between the cut edge and the axis a is 36.9°,
wherefore the principal stress proceeds parallel to the
edge.
For the specimens PB-01 to PB-06 with the S 135/420
trapezoidal cross section the angle between the axis a
and the cut edge is 38.1°, whereas the measured

Figure 21: Quantity and inclination of the principal stresses
related to the horizontal axis a for the rosettes RA1 and RA2 of
PB-01 (not reinforced)

Figure 22: Quantity and inclination of the principal stresses
related to the horizontal axis a for the rosette LA1 of PB-01
(not reinforced)

Figure 23: Quantity and inclination of the principal stresses
related to the horizontal axis a for the rosettes of PB-07
(reinforced with CFK)

A further effect can be seen in the inclination of the
principal axis of RA1, which is virtually mirrored at
PB-07. Through the additional material at the right
angled edge, the principal stress in the web is lower but
there is no effect on the inclination of the principal axis.
The same effect is visible in the comparison of RA1 and
LA1 of PB-01 (see Figure 21 for RA1) to PB-06. The
rosette RA2 is placed at midspan from RA1 to the right
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angled notch. In the case of the unreinforced specimen,
the inclination of the principal axis is in between the
angle of RA1 and the right angle of the cut edge which
indicates a consistent changeover. At the reinforced
specimen (no Figure available) this behaviour could not
be observed as the inclination of RA2 is almost the same
as the one of RA1 and the stress in RA2 is half as much
as the one in RA1. Further research on this topic should
be supported by FEM to gain more knowledge of the
influence of the reinforcement lamella to the path of the
transversal force.
3.4.3
Displacement between CLT and steel sheet
By comparing the measured displacements between the
CLT and the steel sheet it was observed, that the tapered
notch was twice as stiff as the right angled notch. If the
abrupt change of the bending stiffness at the right angled
notch compared to the even change at the tapered notch
is considered, it is obvious that an error of the
measurement occurs due to the different curvature as the
measurement was conducted in a parallel distance of
37 mm. Otherwise the measured displacement at the
supports (~0.02 mm to ~0.10 mm) was in the range of
the linearity deviation of the displacement transducers
(±0.02 mm), which is why a detailed discussion will not
be conducted.

4 CONCLUSION
With the help of the conducted four-point-bending-tests
it was possible to prove the theoretical considerations
about a floor made of timber-steel-composite with CLT
and a trapezoidal cross section. A good accordance of
the calculated bending stiffness with the measured one
was achieved as well as the aspired ductile behaviour
with huge deflections. Also the ability to reinforce the

lower edge with CFK or steel lamellas was confirmed,
although the dimensions are limited if ductile behaviour
is desired.
Further the trapezoidal cross section was notched at the
supports to simplify the construction detail. The two
types of notches (right angled and tapered) were secured
with fully threaded self-tapping screws against a failure
due to transversal tensile stress of the bonded joint. Both
notches were proven as applicable as they did not cause
initial cracks of the specimens. However the right angled
notch had a higher resistance than the tapered one as it
never failed until the end of the conducted tests.
A comparison of the maximum span depending on the
full charge of capacity of the different proofs
(ÖNORM EN 1995-1-1:2015) was made to visualize the
properties of the investigated TSC-elements and their
equivalent CLT-elements with the same bending
stiffness (see Figure 24). The achievable span of the TSC
is about half the length of the one of the equivalent CLT,
while the span for the bending strength increases. As
maximum bending strength the yield strength of the steel
was authoritative as it is one requirement for a ductile
behaviour. These changes for the ultimate limit state
(ULS) indicate the higher efficiency of the TSCelements as well as the increase of the span due to the
authoritative proofs for the serviceability limit state
(SLS). The lower weight of the TSC is an advantage, as
it lowers the deflection and increases the fundamental
frequency. In one point the thinner CLT-element of the
TSC causes a disadvantage compared to the equivalent
CLT as it has less transversal bending stiffness and
therefore a smaller span due to the stiffness criteria of
the dynamic verification. However this proof was not
authoritative for the regarded specimen. The huge

Figure 24: Achievable span of a single span beam with unidirectional load bearing at full charge of capacity of the different
verification criteria, based on the TSC-element with heavy floor construction and its equivalent CLT-elements with the same bending
stiffness (floor class I according to ÖNORM B 1995-1-1:2015)
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increase of the bending stiffness, which was achieved by
adding the steel reinforcement, enables an additional
span of 1.2 m but as seen in the tests, reinforcements
must be chosen carefully to ensure the ductile behaviour
of the floor.
Table 7: Saving of timber due to the TSC-elements compared
to the equivalent CLT-element with the same bending stiffness

specimen
preliminary specimen
specimen without reinforement
specimen with steel reinforcement
specimen with CFK reinforcement

saving compared
to equivalent CLT

28 %
35 %
55 %
32 %

According to Table 7, the savings of material for the
preliminary specimen compared to its equivalent CLTelement is quite good and can be increased by adding a
reinforcement lamella as done for specimen PB-07 with
CFK. By using a thinner CLT-element and the
commercially available trapezoidal cross section
S 135/420, the savings were increased to 35 %, which
depicts an economic potential for the TSC-element. By
optimizing the TSC cross section with some adequate
reinforcement lamellas the savings can be further
improved similar to the specimens with steel lamellas.
The constructive height of the considered TSC-elements
was consistently higher than the height of an equivalent
CLT-element. However, the difference was small and
the gaps between the trapezoidal cross section can be
used for electrical installations, piping and ventilation,
what offers the possibility to reduce the total height of
the floor construction.
The test series clearly showed the practicability of the
theoretical properties of timber-steel-composite-floors as
a combination of CLT and trapezoidal cross sections. It
was also possible to demonstrate that the stiffness has to
be selected carefully in order to prevent brittle failure
due to a too high bending stiffness. Savings in material
compared to an equivalent CLT-element with the same
bending stiffness further adds an economic potential to
TSC-elements. Further questions for this construction
method arise in relation to the long-term behaviour due
to temperature and humidity exposure and fire resistance
of the bonds as well as the possibility to bond steel and
timber. Another variation would be the production of
trapezoidal cross sections made of veneer, which can be
combined with a CLT-element in the same way as the
ones made of steel. Nevertheless the results highlight the
potential of the presented type of hybrid construction.
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HIGH PERFORMANCE CFRP-TIMBER-CONCRETE LAMINATED
COMPOSITE MEMBERS
Jeno Balogh, Ph.D.
ABSTRACT: This paper deals with laminated timber-concrete (LTC) composite beam members, for applications in
sustainable building structures, in which the interlayer connection is achieved with adhesives, similarly to the glued
laminated timber beams, instead of the classically used shear connectors (e.g. mechanical connectors or notches). Only
a small number of studies of this type of high-performance members are available. The strength and stiffness of the
LTC under short-term static ramp-loading were studied on new and retrofit (joist-type) floor members, through
laboratory tests and non-linear finite element modelling. In the initial tests the typical failure mode observed was the
failure of the wood in tension. Consequently, a carbon fibre reinforced polymer (CFRP) layer was added to the tension
side of the timber layer, forming a multi-composite member. The research results indicate that the structural
performance in terms of efficiencies and strength for the LTC beams exceeds the corresponding performance of similar
classical timber-concrete beams with shear connectors due to the different shear transfer and failure modes. By adding
the CFRP reinforcement to the tension fibres of the timber layer, the failure mode changed again, allowing for further
increase in strength and stiffness.

KEYWORDS: Timber-concrete composite beams; Laminated structural members; Adhesive connections; CFRP

1 INTRODUCTION 123
This study examines laminated timber-concrete (LTC)
composite members in which the interlayer connection is
achieved with adhesives by laying the fresh concrete
over the top of a timber layer to which moisture tolerant
epoxy coating was applied a short time before concrete
placement. Adhesives have been proposed before to
interconnect timber and concrete layers in order to obtain
a composite structural member [1-4]. A different
approach was to use a perforated metal connector which
was in part epoxied into a groove cut on the top of the
timber and in part embedded into the concrete layer [5].
Another type used adhesives to interconnect precastconcrete to a timber layer [6].

Subsequently, five joist-type floor beam specimens were
studied with and without carbon-fibre-reinforced
polymer (CFRP) attached to the tension fibres of the
timber layer.
2.1.1 Solid timber-type specimens
The initial beam specimens were configured as simply
supported, five with a span of 1524 mm (60 in) denoted
LWC60-2A, -2B, -E0, -E7, -E13, and two with a span of
3556 mm (140 in) denoted LWC140-S1 and S2. The
cross section consisted of five nominal 2x4 dimension
lumber, each with a cross section of 38.1 mm x 88.9
mm, resulting in a solid-timber section overlapped with a
layer of 63.5 mm of concrete as shown in Figure 1.

2 RESEARCH PROGRAM
2.1 EXPERIMENTAL INVESTIGATIONS
The structural performance under static conditions of the
laminated timber-concrete beams was initially studied on
seven specimens built and tested in the Structures
Laboratory of Metropolitan State University of Denver.
Material testing and shear tests of the bonding between
the timber and concrete were also performed.
1

Jeno Balogh, Professor, Metropolitan State University of
Denver, USA, jbalogh@msudenver.edu

Figure 1: LWC60 specimen configuration [mm]
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The wood boards were laterally interconnected with
4.8 mm x 63.5 mm, construction screws 406.4 mm
apart. For the LWC specimens eight 12.7 mm x 101.6
mm hex head - coarse lag screws were installed in pairs
on the top of timber to a 73.02 mm depth at the ends and
third-points of the beam, in the second and fourth
boards, to further anchor the concrete to the wood
perpendicularly to the interlayer connection. In the
subsequent specimens no lag screws were used. Two
10 mm, longitudinal reinforcement bars were included
to account for shrinkage for the LWC60 specimens only.
The LWC140 specimens used polypropylene fibres
while the LWT92 specimens used basalt fibres for
shrinkage control. The Dayton Superior - Sure Bond J58
adhesive was used due to its moisture tolerant type and
its use in highway projects for bonding fresh concrete to
existing concrete. For specimens LWC60-E, only one
coat of adhesive was used and the fresh concrete was
placed after 15 minutes. For specimens LWC60-2,
LWC140-S, and LTC92 a second adhesive coat was
applied between 10 to 15 minutes after the first coat to
ensure an even layer of adhesive based on
recommendation of the manufacturer [7].
2.1.2 Joist-type specimens
The subsequent joist-type floor beam specimens, see
Figure 2, were configured as simply supported with a
span of 2337 mm (92 in) denoted LTC92-A, B, C, and
LTC92-CFRP-1 and -2. The cross section of all beams
consisted of two nominal 2x6 dimension lumber
members each with a cross section of 38.1 mm x 139.7
mm overlapped with a layer of 50.8 mm of concrete, as
shown in Figure 2. Details of the cross-section for the
timber-concrete and for the CFRP-timber-concrete
specimens could be observed on Figure 3 and figure 4,
respectively. In both cases the timber was embedded
12.7 mm into the concrete layer.

Figure 3: Timber-concrete floor-beam specimen

Figure 4: CFRP-timber-concrete floor-beam specimen

The joist-type floor beam specimens were constructed as
a scale version of a section of a joist and plywood type
floor. The 8 layers of the carbon fibre were applied to the
timber by vacuum using two suction points at each end
of the timber-member as shown on Figure 5.

Figure 2: LTC92 specimen configuration [mm]

The CFRP attached to the tension fibres of the timber
consisted of 8 layers of 3K multifilament continuous
tow, 2x2 twill weave pattern carbon fibre, of 0.305 mm
nominal thickness and 200 g/m2 weight [8] bonded to
each other and the timber by West Systems 2-part
adhesive with type 105 epoxy resin, and type 207 clear
finish hardener. The CFRP was wrapped 25.4 mm on
each side of the 2x6-s to increase the cross-section area.

Figure 5: Applying the CFRP to the timber-concrete floorbeam specimen
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2.1.3 Typical test setup
Loading was applied at the mid-span using an MTS
hydraulic loading and digital data acquisition system, see
Figure 6-8. Each support was configured as a roller to
avoid horizontal forces straining the actuator, resulting in
a symmetric configuration. A displacement-controlled
procedure was applied, derived based on the principles
of EN-26891 specification for timber joints [9], to make
possible the recording of the behaviour during failure.

Figure 6: Test setup of the LWC60-E13 specimen

The controlled displacement component was the
deflection of the member at the point of the load
application (midpoint).

The specimens were initially ramp loaded to 40% of the
estimated initial failure deflection in 120 s, hold at that
level for 60 s, then unloaded to a 10% level in 60 s,
holding it for 60 s, and then ramp loaded to failure at the
same initial loading speed of 0.042 mm/s for the LWC60
beams and 0.127 mm/s for the LWC140 and the LTC92
specimens.
2.1.4 Material properties
The wood material utilized in specimens LWC60-E,
LWC60-2, LWC140-S, and LTC92 consisted of Douglas
fir grade No. 2 as described by WWPA, kiln dry
dimension lumber. The mean modulus of elasticity
(MOE) of 10705 MPa was determined based on bending
tests on wood-samples taken from the beam-specimens
at the time of building the members, and accounting for
the shear deformation [10]. The mean tensile strength
was taken 24.82 MPa [11].
Wood properties
corresponding to 10% or less moisture content were used
due to the dry Colorado climate.
For the beam specimens concrete batches of same mixdesign, with a water/cement ratio of 0.42, were used.
The density of the concrete had a mean value of 2219
kg/m3. The 28-days mean compressive strength,
determined on standard cylinders was 37.73 MPa. Based
on the stress-strain diagram of the compressed concrete
cylinders the mean modulus of elasticity was 24351
MPa.
The fresh concrete was bonded to the timber layer with
Sure Bond J58 two-component high modulus, moisture
tolerant structural epoxy bonding adhesive, Dayton
Superior P/N 83-307268, a high strength structural
adhesive meeting the ASTM C-881requirements [12].
The bond between the timber and the concrete layer was
tested on specimens with a geometry shown in Figure 9,
derived based on ASTM C-882 [13].

Figure 7: LTC92 specimen test setup

Figure 9: Slant shear test setup [mm]

Figure 8: CFRP-timber-concrete beam testing

This slant shear type test of the bonding strength is
standard for concrete-to-concrete bonding testing and
was adopted in lieu of the push-out tests traditionally
used for the notched shear connections. The mean 28days compressive strength of the concrete used in the
slant shear specimens was 47.82 MPa, the wood was
Douglas fir, nominal 2x6, No. 2, dimension lumber, and
two coats of Sure Bond J58 adhesive were applied. The
bond strength results, as defined by ASTM C-882, are
summarized in Table 1.
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Specimen
ID

Bond
Area
mm2

Failure
Load
kN
1
96.53
2
126.06
3
9121
89.30a
4
113.61
5
92.88
Mean
103.68
Stand. Dev.
15.60
a
Adjusted according to ASTM C-882

Bond
Strength
MPa
10.58
13.82
9.79a
12.46
10.18
11.37
1.71

2.2 STRUCTURAL PERFORMANCE
The LWC60-E specimens were built first and had
different numbers of anchor screws. The E13 had 13
anchor lag screws, the E7 had 7 anchors and E0 had
none. These lag screws later proved to be unnecessary
and they were not included in the subsequent (joist-type)
specimens. The recorded load-displacement diagrams of
the LWC60-E0, -E7, and -E13 specimens are shown in
Figure 10. The mean failure load for the LWC60-E
specimens was 68.12 kN which is 20.58% higher than it
was measured on classical timber-concrete beams with
shear notch connections, NWC60-B, which had an
average failure load of 56.50 kN [14].
The observed stiffness is higher as well which would be
expected considering that the LWC60 used a higher
strength concrete than the NWC60 specimens. The
LWC60-E results showed no indication that the anchor
screws have an impact on the observed performance of
the members, therefore the additional specimens
LWC60-2 and the LWC140-S were built using just 8
anchor screws evenly spaced in pairs along the member,
while the LTC92 had none.
For the LWC60-2, as well as in the LWC140-S and
LTC92 specimens the epoxy was applied in two coats as
described earlier based on the adhesive manufacturer’s
recommendation. For the LWC60-2 beams with two
coats of adhesive the mean failure load was 104.21 kN
that is an increase of 52.98% over the LWC60-E
specimens which used only one coat of adhesive and
similar concrete and wood. A summary failure loads can
be found in Table 2.
2.3 NUMERICAL MODELLING
Numerical analysis by means of non-linear finite
elements was performed to allow for simulation of the
experiments and for the determination of the structural
(composite action) efficiency of the beam specimens,
which requires the member stiffness for the noncomposite and the fully-composite limit cases. A finite
element model described in detail in a prior paper [6]
and used earlier for timber-concrete members with
notched inter-layer connections was adapted to adhesivebased connections. The adaptation consisted of removing
the finite elements representing the notched-connections
in the original model and updating the stiffness
properties of finite elements modelling the longitudinal

continuous connection which in this case in addition to
providing for a conform deformation of the timber and
the concrete layer it should also include the interlayer
slip stiffness.
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Table 1: Slant shear test results

60
40
20
0

0

5

10

15

20

Midpoint Deflection [mm]
Fully-Composite

Non-Composite

LWC60-E0

LWC60-E7

LWC60-E13

Figure 10: The response of the LWC60-E specimens relative to
the full-composite and non-composite limits

The responses of the LWC60-E and LWC60-2 finite
element models for the fully-composite and noncomposite conditions are compared with the
corresponding measured load-displacement diagrams in
Figure 10 and Figure 11, respectively.
The responses of the NWC60 finite element models for
the fully-composite and non-composite conditions are
compared with the measured load-displacement
diagrams of the NWC60-B specimens in Figure 12. For
the finite element modelling of the NWC60 specimens,
the true MOE of 9917 MPa was determined from the
apparent MOE of the wood (hem fir, nominal 2x4, No.
2) used [14] by accounting for shear deformation [10],
and the mean ultimate tensile strength of 18.89 MPa
(western hemlock) was adopted [15].
The responses of the finite element models of the
LWC140-S1 and -S2 specimens for the fully-composite
and non-composite conditions are compared with the
measured load-displacement diagrams in Figure 13.
2.3.1 Structural efficiency
The linear stiffness of the initial beam specimens, shown
in Table 2, was taken as the slope of the measured loaddisplacement curve corresponding to a deflection
between L/300 (5.08 mm) and L/200 (7.62 mm). This
stiffness value was then used to determine the linear
displacement d corresponding to 50% of the failure load.
Similarly, the displacements for the non-composite, dN,
and the fully-composite, dF, cases were obtained based
on the corresponding stiffness values from the finite
element model.

25
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Figure 13: The response of the LWC140-S specimens relative
to the full-composite and non-composite limits

The efficiency results of the LWC60 and NWC60
specimens are summarized in Table 2.

70

Table 2: Failure load, stiffness, and efficiency of the 1524 mm
(60 in) span specimens

60
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Load [kN]

60
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Figure 11: The response of the LWC60-2 specimens relative to
the full-composite and non-composite limits
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Figure 12: The response of the NWC60 specimens relative to
the full-composite and non-composite limits

With these displacements, the efficiencies , see
Equation (1), of the composite beam members were
determined based on the infinity-norm (maximum-norm)
efficiency [16].
‖𝑑𝑁 ‖∞ − ‖𝑑‖∞
(1)
𝜂=
‖𝑑𝑁 ‖∞ − ‖𝑑𝐹 ‖∞

25

LWC
60-E0
LWC
60-E7
LWC
60-E13
Mean
LWC
60-2A
LWC
60-2B
Mean
NWC
60-B2
NWC
60-B3
NWC
60-B4
NWC
60-B5
NWC
60-B6
Mean
a

Failure
Load

Linear
Stiff.

NonComp.
Stiff.a

FullyComp.
Stiff.a

kN
kN/m
kN/m
kN/m
Laminated specimens with one adhesive coat

66.8

6387

56.3

6101

81.2

6798

68.1

6429

101.1

8235

107.3

8842

2839

11021

59.6



%

74.8
72.0
78.4

-

-

Laminated specimens with two adhesive coats

104.2

Eff.

3046

11282

-

-

8539

Notched specimens

75.1
86.3
89.8
88.1

4287

56.4

52.2

4637

62.3

54.0

4348

50.9

4067

52.2

65.7

4393

58.3

56.5

4346

2491

Based on finite-element modelling

-

9682

-

57.5

57.3
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The efficiencies  of the larger span LWC140-S1 and S2 composite beam specimens are summarized in Table
3. The very high mean efficiency, 98.69%, is attributed
to the larger area of the connection and lower sheardeformation.
Table 3: Failure load, stiffness, and efficiency of the 3556 mm
(140 in) span specimens

Spec.
ID

Failure
Load

Actual
Stiff.

kN
40.5

kN/m
921

44.1

908

42.3

915

LWC
140-S1
LWC
140-S2
Mean

Based on finite-element modelling

FullyComp.
Stiff.a
kN/m

241

951

-

-

Eff.



%
98.9

Figure 15: LTC92-CFRP-2 specimen failure

98.4
98.7

The recorded load-displacement diagrams are shown in
Figure 14. The timber-concrete only specimens all failed
by tension of the timber layer. The CFRP added to the
timber successfully prevented this failure mode and
allowed for higher load capacity.
100

Figure 16: Timber-CFRP specimen under test
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Figure 14: The response of the LTC92 specimens

The CFRP-timber-concrete composite specimens
exhibited a shear failure over the length of the timber
layer that occurred at a load level of 86.6 kN, which is
114% higher than the failure load of the specimens with
no CFRP. The failure was brittle. Figure 15 shows the
failure mode of specimen LTC92-CFRP-2, in which both
timber joists failed. In contrast, when only the timber
with CFRP attached to the tension fibres was tested, see
Figure 16, it produced extreme amount of deformation
until slowly failed in compression as shown on Figure
17. In Table 4 the stiffness values shown correspond to
the slope of the load-displacement diagrams between
L/300 (7.8 mm) and L/200 (11.7 mm) points.

Figure 17: Timber-CFRP specimen compression failure
Table 4: Failure loads and stiffness of the 2337 mm (92 in)
span specimens

Specimen
ID

Failure
Actual
Load
Stiffness
[kN]
[kN/m]
Timber-Concrete (no CFRP)
LTC92-R1
32.2
1950
LTC92-R2
40.7
1934
LTC92-R3
48.4
2402
Mean
40.4
2095
CFRP-Timber-Concrete
LTC92-CFRP-1
93.7
2600
LTC92-CFRP-2
79.5
2695
Mean
86.6
2647
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3 CONCLUSIONS
By eliminating the labour intensive notches/grooves and
the expensive mechanical connectors, the laminated
timber-concrete (LTC) members represent a more robust
and sustainable structural solution. The joist-type floorbeams could be used for new construction as well as for
retrofits. Test results indicate that LTC beam members
using adhesives for the interlayer connection provide
higher load capacity and higher stiffness when compared
to the classical timber-concrete members with shear
connectors or notches cut into the wood. The high
structural performance in strength and stiffness of the
laminated timber-concrete specimens could be attributed
in part to the continuous type connection between the
layers, and in part to the different failure modes
occurring.
The continuous interlayer connection (on the full length
of the member) is structurally more favourable than the
discrete-point connections at the notch locations. The
notches weaken the timber layer and create stress
concentrations which are not occurring in the laminated
timber-concrete solution. As a result, the block-shear
failure mode of the wood at the notches, at the end-notch
or in-between adjacent notches, which controlled the
strength in the classical members, is not the primary
failure mode for the LTC members without the CFRP
layer. All these specimens failed due to tension failure of
the wood at the midpoint. The laminated specimens
approached better the fully composite member, up to
98.69% for the LWC140-S1 and -S2 and 88.06% for the
LWC60-2 specimens.
The addition of the CFRP to the tension fibres of the
timber layer resulted in a high-performance multicomposite structural member with increased load
capacity. This is due to the shifting from the tensionfailure to a full length shear failure-mode of the timber
layer.
The use of two coats of epoxy is required for the highperformance. In addition, the two-component structural
epoxy adhesive layer could potentially serve as a
moisture barrier sealing the timber from the moisture
infiltrations through the concrete layer, a hypothesis that
recent pilot diffusion tests performed by the author seem
to confirm. This would be essential for bridge
applications [17-18].
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BONDED TIMBER-CONCRETE COMPOSITE FLOORS WITH
LIGHTWEIGHT CONCRETE
Volker Schmid1, Doreen Zauft2, Maria Anna Polak3
ABSTRACT: This paper examines a new and very promising concept for prefabricated timber-concrete-composite
floors (TCC-floors), were the heavy normal weight concrete is replaced by a lightweight concrete (LC) with a density of
about 17 kN/m³. Investigations into the connections between lightweight concrete and timber indicate that the
performances of the existing connection types are unsatisfactory if combined with lightweight concrete. Therefore, a
new connection method is proposed, adhesively bonding the lightweight concrete with the timber by means of a filled
epoxy resin. Different ways of manufacturing the bonded timber-lightweight concrete-composite beams (TLCC-beams)
are investigated in a research project at the Technische Universität Berlin, to examine the differences in their structural
performances. Most promising are the test results for TLLC-beams, fabricated with a wet-in-wet bonding method.

KEYWORDS: timber-concrete composite, composite floor, timber, light-weight concrete, adhesive bond

1 INTRODUCTION 123
Timber-concrete composite floors (TCC floors) are an
excellent solution for long-span slabs with spans of 6 m to
12 m. TCC floors are most successfully employed in
multistorey timber buildings or hybrid buildings with
timber, because they combine reduced deflections and
vibrations with excellent sound insulation and superior
performance in fire. However, the pouring of the concrete
on site is quite cumbersome, takes a long time and is
expensive. To overcome these problems, new possibilities
for the prefabrication of TCC-floors were investigated.
A new and very promising concept for prefabricated
TCC-floors is to replace the heavy normalweight concrete
by a lightweight concrete (LC) with a density of about
17 kN/m³. Compared to a normalweight concrete with
24 kN/m³, this results in lighter prefabricated slab
elements, the so called timber lightweight-concrete
composite floor (TLCC-floor). Because a single truck can
carry more TLCC- than TCC-elements, the transportation
costs are reduced. The costs for the vertical transportation
on site are reduced as well, because the lighter
prefabricated TLCC-elements require less heavy cranes.
Investigations into the commercially available connection
devices and the research in connections between
lightweight concrete and timber [1] indicate, that the
existing mechanical connections do not perform
satisfactorily, if combined with lightweight concrete.
1

Volker Schmid, Technische Universität Berlin, Germany,
volker.schmid@tu-berlin.de
2
Doreen Zauft, Ingenieurgruppe Dr. Zauft, Potsdam, Germany,
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Therefore research was carried out into the adhesive bond
between lightweight concrete and timber by means of a
filled epoxy resin [2]. This research was conducted at the
Chair for Structural Design of Hybrid and Composite
Structures (Fachgebiet Entwerfen und Konstruieren –
Verbundstrukturen) at the Technische Universität Berlin.
Different ways of manufacturing bonded TLCC elements
have been investigated and their structural performance
tested. Most promising were the tests with prefabricated
TLCC-elements, which were manufactured employing a
special wet-in-wet bonding technic. This method was
applied on lightweight concrete for the first time.

2 TIMBER TO LIGHTWEIGHTCONCRETE CONNECTIONS
2.1 MECHANICAL FASTENERS
Shear tests with mechanical fasteners in timberlightweight concrete composite structures were described
by Faust in 2003 [1]. The TLCC elements failed at lower
loads than the elements with a normalweight concrete.
The failure in the lightweight concrete was caused by the
stress concentrations around the individual pin-shaped
mechanical fasteners, way before the approved strength of
the fasteners was reached. In additional tests carried out
by TU-Berlin, the bonding area of screwed fasteners was
artificially increased by huge washers, welded to the head
of the screws (Figure 1), intended to avoid failure in the
lightweight concrete [2]. But the tests again failed before
the strength of the fasteners was reached (Figure 2).
A better way of connecting lightweight concrete to timber
beams seemed to use adhesive bond, previously
investigated for normalweight concrete in [3]to [8].
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Figure 1: Test specimen with SFS©-screws and screws with
huge washers

Method 1a

Method 1a
Figure 2: Inclined slip block test with screws and washers

2.2 ADHESIVE BONDED CONNECTIONS
To avoid concentrated stresses in the light weight
concrete, the shear forces between concrete and timber
have to be distributed uniformly. In the research project at
the TU-Berlin this was achieved by gluing the concrete
and timber together, by means of a filled, high-viscous,
2-component epoxy resin adhesive. Three different
methods to manufacture the bonded TLCC elements were
investigated (Figure 3 and Figure 4):
• Method 1a: wet method: the timber is placed on the top
surface of the fresh concrete
• Method 1b: wet method: the concrete is poured on the
top of the timber
• Method 2: dry method: the timber is glued to the
prefabricated concrete slab
In both methods 1a and 1b the 2-component epoxy resin
was firstly applied to the timber. Then the timber was

Method 1b

Figure 4: Fabrication Process for Method 1a and 1b

either placed on the fresh concrete (1a), or the lightweight
concrete was poured onto the timber (1b). Because the
adhesive acted as a moisture barrier between the
lightweight concrete and the timber, no water permeated
into the timber during the curing time.
The great advantage of Method 1a and 1b was that, due to
the wet-in-wet fabrication process, the concrete slab and
the timber beam always perfectly fitted together, no
matter how curved and uneven shaped the timber beam
was.
With fabrication method 2, the reinforced concrete slab
was prefabricated and, after curing of the concrete, was
glued to the timber beam. Because quite often the timber
beam was curved, as was the concrete slab, due to uneven
shrinkage, the two composite elements did not fit
together. To account for those tolerances, a huge amount
of adhesive was required along the connecting surface.
After the gluing, the layer thickness would in some areas
be reduced to almost 0 mm and in some other areas would
need to be several millimetres thick.
In addition to the different manufacturing procedures,
different thicknesses of the epoxy resin were investigated,
with layer thicknesses of 1 mm and 2 mm for the wet-inwet methods 1a and 1b and of 2 mm and 3 mm for the dry
method 2.

3 TESTS
In order to assess the shear capacity parallel to the
connection between timber and lightweight concrete, two
types of tests were carried out: Inclined slip block tests
and shear in bending tests.
3.1 INCLINED SLIP-BLOCK TESTS

Figure 3: Method 1a and 1b: Wet-in-wet fabrication process
Method 2: Dry fabrication process

For each combination of epoxy resin thickness and
manufacturing method, four inclined slip-block tests were
performed (Figure 5). Compared to a push out test with
two interfaces, the slip block test has the advantage that
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Load-deformation curve - Shear Test
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Figure 5: Slip-block tests, inclined by 14°
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Figure 7: Load-displacement curve for shear-tests, method 1b

Figure 6: fracture plain of slip block test specimen

the fracture surface is defined in advance. The shear tests
were performed on four test specimens per test series and
are listed in Table 1. Failure always occurred in the
concrete, within a failure plane very close and parallel to
the bonded joint (see Figure 6).
Table 1 shows the average test results per test series,
calculated from four test specimens per series. Method
1b-2, listed in row 4, with an adhesive layer thickness of
2mm, resulted in the highest shear strength of
τmean = 5.4 N/mm². In Table 1 τ is given as the average
stress over the area of the interface, with a length of 415
mm and a width of 160 mm. This Method 1b-2 resulted in
a comparably small standard deviation σ.
Table 1: Test results for inclined shear block tests

Figure 7 shows the load-displacement diagram for the
inclined shear block test according to method 1-b-2, with
the expected brittle failure of all four test specimens.
An adhesive layer thickness of only 1mm (method 1b-1,
in row 3) reduced the average shear strength to 4.7N/mm².
The observed failure mode for method 1b was a
combination of shear failure in the lightweight concrete
and shear failure in the timber, close to the interface (see
Figure 6). The timber fracture always occurred near the
support, at the end of the interface. The lightweight
concrete failed below the loading plate.
The test results for method 1a, listed in row 1 and 2, were
unsatisfactory, with τmean = 0.5 N/mm² for the 1 mm thick
epoxy layer and τmean = 1.6 N/mm² for the 2 mm thick
epoxy layer. Failure always occurred in the concrete: The
excess water and sand which accumulated at the top
surface of the concrete slabs during compacting
significantly reduced the concrete strength at the top of
the slab, close to the bonded joint..
In general, an increased adhesive layer thickness
increased the shear strength.
The test results for the dry method (Method 2) with an
epoxy thickness of 3 mm resulted in an average shear
strength of only τmean = 1.3 N/mm². Due to uneven
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shrinkage and warping, the prefabricated concrete slab
and the timber beam were not exactly flat. As a result it
was very difficult to achieve a continuous, flawless glued
connection between the curved concrete and timber
elements
The shear stresses and the corresponding perpendicular
stresses along the 14° inclined interface were analysed
with Ansys. They are plotted in Figure 8 along the
interface and in a section 20 mm away from the interface.
The results, calculated for an ultimate load of 330 kN,
show that the highest shear stresses correspond with the
highest perpendicular compressive stresses.
3.2 SHEAR IN BENDING TESTS
Three-point and four-point bending tests with spans of
2,30 m and 5,70 m respectively were carried out to
investigate a possible bond failure in TLCC-beams.
Compared to the inclined slip block tests, the
perpendicular compressive stresses along the glued
interface are lower in the beams and the shear stresses are
more uniformly distributed.
τ, σ

Figure 9 together with Table 2 and Table 4 show the cross
sections and dimensions of the test specimens.
3.2.1 Three point bending tests
The three-point bending tests were carried out with a span
of 2.30 m, (Figure 10 and Table 2). The dimensions of the
cross sections and the material properties are the same for
each fabrication method, with timber beams GL 24h and
lightweight concrete LC 30/33. To cause shear failure in
the bonded joints of the TLCC beams, the 13 tested
beams, with a span of 2.30 m, had a slenderness of only
lspan/ htotal = 230 / 20 = 11.5. Given the short length of the
beams, the shear forces are high compared to the bending
moments. Furthermore, the shear forces are constant
along the interface between timber and concrete. The test
results are listed in Table 3.
The composite beams fabricated with method 1b (2mm
epoxy) gave the best results, with ultimate loads between
Table 2: Section properties of the three point bending tests

height of
concrete
mm

Length of connecting surface in mm

height of
timber
mm

no.
of
tests

wet-on-wet fabrication method 1

Figure 8: Shear stresses and stresses perpendicular to the
interface as calculated for the inclined shear block test

BsV_1a_31_1

75, 77, 79

115, 115, 116

3

BsV_1a_31_2

87, 75, 76,
77

118, 116, 115,
115

4

BsV_1b_31_2

82, 83, 82

120, 120, 120

3

117, 115, 115

3

dry fabrication method 2
BnV_2_31_3
B
sV, nV
1a, 1b, 2
31
_1,_2,_3
no.

Figure 9: Cross section of the three-point bending tests (left)
with a span of 2.3 m and the four point bending tests (right) with
a span of 5.7 m in mm

79, 78, 78

bending test
wet-on-wet method, dry method
Manufacturing process, see chapter 2.2
epoxy resin: Sikadur 31 CF Rapid©
epoxy layer thickness
amount of specimens per series

Table 3: Test Results of three-point-bending tests
Fabrication method
Adhesive thickness

1a
1mm

1a
2mm

1b
2mm

2
3mm

[kN]

34.4

70.7

120.6

47.3

standard deviation [kN]

9.7

8.5

4.9

4.5

wult,mean

[mm]

6.9

13.5

20.7

8.6

τmean
[N/mm²]
at failure in lightweight
concrete

1.1

1.6

3.2

σmean,timber
[N/mm²]
at failure in the timber

11.9

26.3

46.0

17.8

EIeff,mean

1.39

1.30

1.63

1.46

Fult,mean

Figure 10: Three-point bending tests

[MNm²]

not
measured
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117.2 kN and 126.3 kN. This was about 171% higher than
in method 1a, with a 2mm thick epoxy layer. The
deformations were less than L/100 (see Figure 11).
Production methods 1a and 2 resulted in low ultimate
loads, similar to the reduced shear strength observed in
the slip-block-tests. In method 1a a water layer gathered
on top of the fresh concrete after compacting. This
resulted in a reduced strength of the cement on the top of
the lightweight concrete, where it is glued to the timber.
Subsequently the beams failed in shear for method 1a and
the bending strengths were not reached. Displacement
controlled tests were carried out to define the loaddeformation diagrams in Figure 11 to Figure 14 for all
three different fabrication methods. In all four tests series
no hysteresis was observed during the alternating loading
process between 10-30 % of the ultimate load. This
confirmed the expected linear elastic behaviour of the
bonded TLCC beams, with a rigid connection between
timber beam and concrete slab.
Beams fabricated with methods 1a and 2 experienced a

primary failure in shear: The concrete slab and the timber
beam separated with a crack in the lightweight concrete,
adjacent and parallel to the bonded joint. After shear
failure the beams and slabs were still more or less intact.
Following the primary failure, the applied forces dropped
substantially but could again be increased until the
secondary failure. Although, depending on the fabrication
method, there were substantial differences in the loads at
primary failure, the secondary failure always occurred at
loads of about 40 kN, independently from the
manufacturing method. After the primary failure, when
the beams and slabs separated, the structural system
became the same for all fabrication methods, with the
stiffness and strength of the beams and slabs and no
composite action. As a result the stiffness and loads at
secondary failure were quite uniform. It is interesting to
note, that the loads at secondary failure would still be
high enough to carry the selfweight and a reduced live
load without collapsing.

Load-deformation curve, method 1b, Three Point Bending Tests

Load-deformation curve, method 2, Three Point Bending Tests
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Figure 11: Load-deformation curve, method 1b, 2mm epoxy

Figure 13: Load-deformation curve, method 2 – 2mm epoxy

Load-deformation curve, method 1a, Three Point Bending Tests

Load-deformation curve, method 1a, Three Point Bending Tests
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Figure 12: Load-deformation curve, method 1a – 1mm epoxy
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Figure 14: Load-deformation curve, method 1a – 2mm epoxy
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Figure 15: Four point bending test with method 1bThe short composite beams fabricated with methods 1a
(Figure 12 and Figure 14 ) and method 2 (Figure 13)
failed in shear in the lightweight concrete, adjacent to the
adhesive joint (Figure 16). Only Method 1b showed a
combined bending failure in the timber and shear failure
in the lightweight concrete and it was impossible to detect
which of the two mechanisms initiated the failure.
In method 2 an adhesive layer thickness of 3 mm was
required to deal with the protruding lightweight
aggregates and to accommodate the tolerances caused by
the deformations in the concrete slab and the timber beam
due to uneven shrinkage.
3.2.2 Four point bending test
Additionally four-point bending tests of TLCC beams
with a span of 5.70m were performed to investigate the
load bearing behaviour with realistic dimensions. In four
point bending tests the compressive stresses perpendicular
to the concrete-timber interface are very small, similar to
three point bending tests. For the tests with 5.70 m spans,
only the wet-on-wet method 1b was tested, that is

manufacturing the composite beam by pouring the
lightweight concrete onto the timber beam, because this
method gave the best results in the three point bending
tests. Additional reinforcement in the lightweight concrete
reduced the crack widths due to shrinkage and improved
the post-failure behaviour compared to the unreinforced
three-point bending tests. The dimensions of the cross
sections are given in Table 4.
Due to the increased slenderness of the beams with
lspan / htotal = 21.5 and the constant bending moment
between the two loading plates, the failure was initiated
by the bending stresses in the tension zone of the glued
laminated timber. The failure started from defects in the
timber, like for example, a finger joint in beam BsV_T2.
The four timber-lightweight-composite beams failed at
loads between 88.9 kN and 124.2kN, with a deformation
at midspan of approximately lspan / 70 = 81mm (Table 5
and Figure 17). The measured shear stresses at failure
were less than observed in the three point bending tests.
This indicates that the shear strength was sufficiently high
Table 4: Section properties of the four-point bending tests
concrete

timber concrete timber
height
height
[mm]
[mm]

wet-on-wet method 1b

Figure 16: Fractured surface of the prototype after three-point
bending tests, method 1b

BsV_1b_31_2_T1

LC 30/33 GL24h

93

182

BsV_1b_31_2_T2

LC 25/28 GL24h

91

182

BsV_1b_31_2_T3

LC 25/28 GL24h

91

182

BsV_1b_31_2_T4

LC 30/33 GL24h

92

183

Table 5: Test Results of four-point-bending tests
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BsV_T1 BsV_T2

Load-deformation curve, Four Point Bending Tests
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Figure 17: Load-deformation curve for four point bending tests,
method 1b

in the TLCC-beams with a span of 5.7m and did not
govern the design of the TLCC beams.
The observed load displacement behaviour (Figure 17)
was very similar to the load displacement diagram
calculated with a linear-elastic material law. In the tests,
the average effective bending stiffness of the composite
beams EIeff,mean with a bonded shear connection was
about 3,6 times higher than the bending stiffness (EI) of a
timber beam and lightweight concrete slab without
composite action
3.3 TENSILE STRENGTH AND ADHESIVE
STRENGTH OF CONCRETE
The shear strength of concrete is closely related to its
tensile strength. The adhesive tensile strength of the
lightweight concrete (LC 30/33) is measured according to
DIN 1048-2 with an applied indenter with a diameter of
50mm. The measurements were taken at the upper side or
underside of the lightweight concrete, depending on the
manufacturing process (Figure 18). The round steel discs
were coated with Sikadur 31 CF Rapid© and positioned
on top of the lightweight concrete (method 1a) or covered
with the lightweight concrete (method 1b), see Figure 18.

Figure 18: Position of the indenter with a diameter of 50mm for
measuring the adhesive tensile strength βOZ [N/mm²]
for fabrication method 1b (top) and 1a (bottom)

1a, 1b, 2
-1, -2, -3
3PB, SV

Manufacturing process, see chapter 2.2
epoxy thickness in mm
three-point bending tests, shear tests

Obviously the adhesive tensile strength βOZ is less than
the shear strength τ of the unreinforced concrete, as was
measured in the tests ( Figure 19). The measured values of
the adhesive tensile strengths βOZ were between
0.6 N/mm² and 1.4 N/mm², depending on the
manufacturing method and well below the measured shear
strength τ. On the other hand, the test results showed a
close correlated of the adhesive tensile strength and the
shear strength. The highest measured adhesive tensile
strengths (1.4 N/mm²) were achieved with the wet-on-wet
method, by pouring a lightweight concrete on top of the
timber beam (method 1b).
Figure 19: Relationship between shear strength of concrete τ
and adhesive tensile strength βOZ in N/mm²
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4 CONCLUSIONS
Different options for bonded connections between
lightweight concrete slabs and timber beams were
investigated. The highest shear strength was achieved by
fabrication method 1b: Applying a 2 mm thick layer of
filled epoxy on top of a timber beam and, while still fresh,
pouring the concrete on top of the still wet epoxy. In the
inclined slip block tests as well as in the bending tests, the
shear failure always occurred in the lightweight concrete,
adjacent and parallel to the bonded joint. The timberlightweight-concrete-composite beams with a 2 mm thick
layer of filled epoxy resin between the fresh lightweight
concrete and the timber beam achieve higher shear
capacities than TLCC beams with screws.
In practice, adhesively bonded TLCC floors don’t fail in
shear along the bonded joint, because the shear stresses
remain below the shear strength of the connection and are
small compared to the corresponding bending stresses in
the timber. TLCC floors with adhesively bonded lightweight concrete have a similar strength and deflection as
timber-normalweight-concrete-composite beams with
screw connectors; they are, however, much lighter.
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TIMBER CONCRETE COMPOSITE BEAMS WITH DUCTILE FAILURE
MODES

Benoit Gendron1 , Alexander Salenikovich2 , Luca Sorelli3

ABSTRACT: In the last 15 years timber-concrete composite (TCC) systems have gained market share around the
world. To facilitate acceptance of this construction method and to set basis for building TCC bridges in the Province of
Quebec, the authors conducted a test program on TCC beams with continuous shear connectors . It included push-out
tests on the connection and static bending tests o n single-T TCC beams with 4-m and 12-m span and on double-T
beams with 4-m span. The goal was to study the elastic and post-elastic performance and failure induced by the
connector, analyse the relationship between the interface slip and the flexural behav iour and compare the test results
with the predictions using design and analysis methods. The tests on beams with the continuous shear connector showed
that it is possible to achieve high degree of the composite action between the concrete slab and timber beam followed
by plastic deformation and failure of the connector inducing a ductile performance of the beam required in bridge
design. The use of linear and non-linear analysis methods allows predicting the observed structural response of the TCC
beams.
KEYWORDS: timber-concrete composite, continuous connector, static bending test, gamma method, HBV Shear

1. INTRODUCTION

123

Timber-concrete composite (TCC) systems are designed
to optimize the contribution of each member by creating
a composite action which is transferred trough a
connection system. The composite action increases
significantly the stiffness and strength of the system
relative to the independent members. In TCC systems,
the concrete slab is designed to resist compressive stress,
whereas the timber component (girder or plate) is meant
to resist combined bending and tension stress and the
connection resists shear stress. The degree of composite
action depends on the stiffness of the connection: a rigid
connection allows reducing the horizontal slip between
the timber and concrete assuring an efficient high degree
of composite action and, in turn, more efficient
performance of the structure. Various types of
connectors exist to connect the timber to concrete, each
with different degree of efficiency, installation
convenience and cost [1, 2].
In Canadian design codes, there are no accepted design
methods of TCC systems. The objective of our research
1

Benoit Gendron, Laval University, Quebec, CANADA,
benoit.gendron.26@gmail.com
2
Alexander Salenikovich, Laval University, Quebec,
CANADA, alexander.salenikovich@sbf.ulaval.ca
3
Luca Sorelli, Laval University, Quebec, CANADA,
luca.sorelli@gci.ulaval.ca

is threefold: (i) to study experimentally the performance
of the TCC beams under static load until failure induced
by the shear connector and/or timber cracking, (ii) to
compare the test results to existing design and analysis
methods in the elastic and post-elastic stage, (iii) to set
basis for the construction of the first TCC single span
bridge in the Province of Quebec, Canada.

2. SHEAR CONNECTORS
The shear connectors play a major role in the flexural
behaviour of a TCC system. A high stiffness and shear
resistance are required to maximize the use of the
connectors, to reduce the vertical deflection of the beam
and to ensure that it stays elastic under service loads.
The connectors also must be ductile at higher loads to
prevent a brittle failure of the TCC system [3]. Using
steel connectors in TCC systems is widely popular due
to the high stiffness and ductility of this material.
Inducing the failure in the steel connectors increases the
TCC system reliability due to the consistency of the steel
mechanical properties.
Increasing the interface slip between the wood and
concrete components tends to increase the deflection and
diminish the performance of the system. Discrete
connections using dowel-type fasteners, such as screws
and bolts, undergo a significant slip before yielding as
they crush the wood, which increases the beam
deflection. Furthermore, their failure modes are less
consistent and their stiffness and maximum shear
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resistance show higher variation [2]. On the contrary,
adhesives provide extremely rigid connections that show
near-zero interface slip, but induce brittle failures.
Notably, a steel HBV-Shear connector [4] (Fig. 1) has
been recently developed to combine the advantages of
the steel ductility and the stiffness of a glued connection.
The connector presents a band of continuous steel mesh,
one half of which is glued into a longitudinal slot in the
timber member using a two-component polyurethane
adhesive and the other half is embedded into concrete
when the slab is cast to produce a composite section. A
rebar grid is also added to reduce the crack width in
concrete and to minimize shrinkage cracking in the
concrete section. The composite elements can be
prefabricated to ensure the quality and the performance
of the TCC system.

were installed on the sides of the specimen to monitor
the vertical slip between the two components. As this
type of test creates a horizontal thrust due to the
eccentricity of the bearing surfaces , a rigid frame was
built to prevent the tilting of the specimen under load.
An additional LVDT was installed to monitor the
horizontal movement of the frame. According to this
measurement, the maximum displacement of the frame
was less than 0.8 mm, which was considered negligible.

Figure 2: Push-out test setup
Figure 1: HBV Shear connector

3. TESTING PROGRAM
The testing program included push-out tests on ten 500mm long specimens with the HBV-Shear connectors
followed by static tests on simply supported TCC beams:
three-point bending tests on six single-T and two doubleT beams of 4-m span and four-point bending tests on two
single-T beams of 12-m span. The loading protocols
were adapted from ISO6891 [5]. The timber members
were DF 24f-EX glulam beams produced in Canada. The
concrete slabs were cast in-situ; their compressive
strength was measured via tests on standard cylinders .
The members were sized to ensure the failure of the
connector before timber failure in bending or shear using
the methods presented in Section 5. This way, we could
witness and monitor the ductile response of the TCC
beam brought by the use of a ductile shear connector.

4. PUSH-OUT TESTS
The push-out tests were conducted according to the
ISO6891 standard [5] using an asymmetric one-sided
connection configuration. A picture of the test setup is
presented on figure 2. The press used was a Tinius -Olsen
machine with a load capacity up to 400 kN. The
connection was designed to resist the load of 120 kN
with a preload of 40 kN. The glulam timber section 80
190500 mm and the concrete section 200100500 mm
were linked together by a 500-mm long HBV connector.
Two linear variable displacement transducers (LVDT)

The load-slip curves in Figures 3 and 4 illustrate the
performance of the connections up to 3 mm and 25 mm
respectively, and Table 1 presents the individual test
results. The test data for specimen #2 are unavailable due
to the electronic equipment malfunction. As expected,
the connectors were engaged immediately without any
initial slip at low loads and showed a highly rigid elastic
response with the average stiffness (Ks ) of 1.2 kN/mm2
before the onset of yielding. The average yield load (Fy)
was observed around 90 kN at a slip of 0.2 mm. As the
load increased, the HBV mesh along the interface started
yielding like a strut-and-tie truss reaching the maximum
load (Fmax) of 110 kN at a slip of 0.7 mm on average.
The struts started breaking at a slip beyond 1.5 mm due
to buckling accompanied by the drop of the load by half
and followed by the ties broken in tension leading to the
total collapse of the connection at a slip beyond 10 mm,
as can be seen in Figure 4. The failure of all ten
specimens occurred along the interface of the two
components without any apparent damage to the wood,
concrete or glue. A low coefficient of variation (COV) of
the maximum shear load (4%) was observed, which is
representative variation of steel resistance as opposed to
typical COV of 15% expected for wood and concrete
components.
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𝐾𝑠 =

𝑘𝑠

(3)

𝑙 𝐻𝐵𝑉

Table 1: Push-out tests results

Ks (kN/mm2 )

Test

1
3
4
5
6
7
8
9
10
M ean
StDev
COV (%)

Figure 3 : Push-out tests results up to 3-mm slip

The ductility of connections (Ds ) was calculated as a
ratio between the slip at the ultimate load (𝑣𝑢 ) and the
slip at the yield load (𝑣𝑦 ) using Equation (1), where the
ultimate load was considered to be reached when the
load dropped to 0.8Fmax and the yield load was taken at
the point of deviation of the load-slip curve from a
straight line:
𝑣𝑢
𝐷𝑠 =
(1)
𝑣
𝑦

It can be seen from Table 1 that the mean ductility of the
tested connections was 12.5 with the minimum value of
7.2. According to Racher (1995) [6], a connection with a
ductility ratio over 6 can be qualified as ductile.
The slip modulus (k s ) and the elastic stiffness (Ks ) of the
HBV connection were calculated with Equations (2) and
(3), where 𝑣40% and 𝑣10% represent the slip at 0.4Fmax
and 0.1Fmax respectively:
𝑘𝑠 = [

4
(𝑣
− 𝑣10% )
3 40%

Fmax (kN)
115
109
107
115
104
108
105
116
110
110
4.4
4.0

Ds

16.5
11.3
7.2
8.9
12.5
9.3
16.5
12.8
18.1
12.5
3.9
31.4

The coefficient of variation of Ks appears to be rather
high (43.3%). This variation could be attributed to a very
small magnitude of the measured slip in the elastic range
(under 0.2 mm) and the associated measurement
uncertainty, which is influenced by the electric noise in
the signal and/or by uneven spread of glue at the
interface and variation in the porosity of the concrete. To
attenuate the load-slip data variation, we used the mean
curve to estimate the design values of the elastic stiffness
for the serviceability limit state (Ks ) and for the ultimate
limit state (Ku ). Also, it was determined [6] that due to
the eccentricity between the vertical loads resulting into
a horizontal thrust and friction between the components,
the measured stiffness of the connection was
overestimated by approximately 17%. After the
adjustment, the design parameters are expressed in
Equations (4), (5) and (6) were established as follows:

Figure 4 : Push-out tests results up to 25-mm slip

0.4𝐹𝑚𝑎𝑥

0.68
0.94
0.92
1.38
0.90
1.30
0.91
2.34
0.94
1.14
0.50
43.3

𝐾𝑠 = [4(
3

0.4∙110
]
0.065−0.001)

𝐾𝑢 =

∙

1000

2
3

500

(1 − 0.17) =0.86

𝑘𝑁

𝑚𝑚2

𝐾𝑠 = 0.57

𝑘𝑁

(4)

(5)

𝑚𝑚 2

The maximum unit shear (shear flow) resistance of the
connector (q u ) was determined as follows:
𝑞𝑢 =

𝐹𝑚𝑎𝑥
𝑙 𝐻𝐵𝑉

=

110 × 103
500

= 220

𝑁
𝑚𝑚

(6)

Knowing that the connector yielding occurs at around
0.8Fmax, the shear flow resistance at yielding (q y) was
obtained as 0.8q u = 176 N/mm. The design values
specified by TiComTec [4], the HBV manufacturer, are
Ks = 825 N/mm2 and q y = 176 N/mm. Therefore, we
concluded that our test results were valid.

5. ANALYSIS METHODS
]

(2)

A simplified linear analysis method specified in Annex
B of Eurocode 5 [8] for mechanically jointed beams and
known as the -method was adopted to evaluate the
performance of the TCC system in the elastic range.
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According to this method, the stresses in a composite
section, such as shown in Figure 5, are determined using
the effective composite bending stiffness (EIeff ):
2

𝐸𝐼𝑒𝑓𝑓

= ∑ (𝐸𝑖 𝐼𝑖 + 𝛾𝑖 𝐸𝑖 𝐴𝑖 𝑎2𝑖 )

(7)

𝑖 =1

where subscripts 1 and 2 refer respectively to the
concrete and timber sections; Ei = modulus of elasticity;
Ii = moment of inertia; γi = shear connector reduction
factor; Ai = area of cross-section; a i = distance from
centroid of the component to the composite neutral axis.
The γ values are taken as follows:
1
𝛾1 =
𝜋 2 𝐸1 𝐴1
1+
𝐾𝑠 𝐿2
𝛾2 = 1

(8)

where L is the span of the beam.
The distance a i between the component centroid and the
neutral axis of the composite section is calculated as
follows:
𝑎2 =

𝛾𝐸1 𝐴1 (ℎ1 + ℎ2 )

(9)

2(𝛾𝐸1 𝐴1 + 𝐸2 𝐴2 )

𝑎1 =

ℎ1 + ℎ2
2

(10)

− 𝑎2

where h i is the height of the component.
Figure 5 shows the stress distribution in the composite
section where the concrete and timber undergo combined
bending moment and axial forces due to composite
action and the connector resists the shear flow.

Figure 5 : Stress distribution in a composite beam

The combined stresses in the extreme fibres of the
concrete (σ1 ) and timber (σ2 ) are calculated as follows
(Equations 11, 12):
𝜎1 = 𝜎1,𝐵 ± 𝜎1,𝑁 =

𝐸1 ℎ1 𝑀
2𝐸𝐼𝑒𝑓𝑓

±

𝛾1 𝐸1 𝑎1 𝑀
𝐸𝐼𝑒𝑓𝑓

(11)

𝜎2 = 𝜎2,𝐵 ± 𝜎2,𝑁 =

𝐸2 ℎ2 𝑀
2𝐸𝐼𝑒𝑓𝑓

±

𝛾2 𝐸2 𝑎2 𝑀
𝐸𝐼𝑒𝑓𝑓

(12)

where σi,B = stress due to bending; σi,N = normal stress
due to composite action; M = maximum factored
bending moment.
The Equation 13 computes the ultimate shear flow (q u ) in
the connector is expressed as follows:
𝑞𝑢 =

𝛾1 𝐸1 𝐴1 𝑎1 𝑉𝑚𝑎𝑥
𝐸𝐼𝑒𝑓𝑓

(13)

where Vmax is the maximum factored shear force.
Knowing the resistance of concrete, timber and shear
connectors, one can design a TCC system using
Equations (11) to (13) so that the connections fail first in
a ductile failure mode. However, this method can only
be used in design to estimate the performance of a TCC
beam in the linear-elastic range. Once the connection
starts yielding, the flexural behavior of a TCC beam
should be predicted using non-linear analysis methods.
Van der Linder (1999) [9] introduced the frozen shear
method that is similar to the -method but assumes an
elastic-plastic load-slip relationship of the connection.
For a simply supported beam with uniformly distributed
load, the maximum shear force is developed near the end
supports. Once the connectors near the end supports start
yielding, the method freezes the shear force in all
connectors along the beam. The beam is reduced to a
non-composite one with a minimum effective bending
stiffness (EImin ). The frozen shear model produces a
bilinear load-deflection curve neglecting the stress
redistribution in the connections in the plastic stage.
Therefore, this model tends to underestimate the plastic
stiffness of a TCC beam.
Frangi and Fontana (2003) [10] proposed another elasticplastic model to estimate the flexural behavior of
composite beams with ductile connections. Their model
assumes a perfectly rigid plastic load-slip relationship of
the connection. If the full composite and non-composite
cases represent the upper and lower bounds, the loadcarrying capacity of a partially composite beam can be
estimated by linear approximation. Assuming a perfectly
rigid connection overestimates the effective bending
stiffness and deflection in the elastic range, but it
converges on the real beam behavior as progressive
yielding occurs.
Finally, the simplified nonlinear Newmark method
proposed by [11] is an extension of the Newmark [12]
method coupled with the beam theory of EulerBernoulli. The differential Equation (14) is solved using
numerical methods by taking into account the elastic and
plastic behavior of the connection taken from push -out
tests.
𝑑

1 𝑑𝑁(𝑥)
1 𝐸𝐼∞
(
)− ∗
𝑁 (𝑥) + ∆"(𝑥)𝑑 = 0
𝑑𝑥 𝐾𝑠 𝑑𝑥
𝐶 𝐸𝐼𝑚𝑖𝑛

(14)
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where C* = parameter of axial rigidity of composite
beam; EI∞ = fully composite bending stiffness; N =
normal stress in each layer; ” = second derivative of
the beam deflection.
Figure 6 shows the load-deflection relationships of the
four analytical models for the flexural behavior of a TCC
beam under third-point load superimposed with an
example of an experimental curve obtained in this study .
The -method produced an accurate prediction of the
beam deflection in elastic range, but it was not valid
beyond the yield point of the connection. The frozen
shear and the elastic-plastic methods produced a lowerbound and an upper-bound estimates of the loaddeflection relationship of the analyzed beam. The
nonlinear Newmark model was the most successful to
predict the response of the composite system. Therefore,
it was decided to use -method and nonlinear Newmark
model to design the TCC beams for the bending test
program.

loaded at a rate of 0.6 mm/min to ensure a failure within
20 minutes of testing.

Figure 7 : 4-m single-T beam test setup

According to the -method, the shear connector yielding
was estimated at 133 kN load on the beam at the midspan deflection of 6 mm. The estimated breaking load of
the shear connection was 166 kN. The estimated near
minimum and the mean breaking loads of the timber
girder in bending, adjusted to the load duration and size
effect, were 148 kN and 196 kN respectively. The
concrete slab was estimated to fail in compression at
204 kN. According to the nonlinear Newmark method
using the test data from the push-out tests presented in
Section 4, the yielding of the shear connector was
predicted at a load of 120 kN followed by plastic
yielding up to 210 kN where the timber girder failed in
bending.

Figure 6 : Analysis of the flexural behaviour of a TCC beam

6. BENDING TESTS ON 4-M SPAN
SINGLE-T BEAMS
Six TCC beams were fabricated in shape of a T-section
and tested under concentrated static load applied at the
centre-point of a 4-m span. The beam section was
composed of a 1338-cm glulam girder, a 6012.5-cm
concrete slab and one row of HBV-Shear connector
installed continuously along the 5-m long beam. A steel
mesh of 187 mm2 /m.lin. was installed in the slab to
prevent shrinkage cracking. The concrete properties
were determined after 39 days of curing. The average
compressive strength was 30.2 MPa and the average
modulus of elasticity was 23.4 GPa.
The tests were performed using a 5000-kN hydraulic
press. The test setup is illustrated in Figure 7. The
deflection of the bottom face of the beam at mid-span
was monitored using two LVDT’s attached to the
aluminium profiles fixed of the sides of the timber girder
at mid-height above the supports. Four pairs of LVDT’s
were added to monitor the interface slip and the wood
crushing perpendicular to the grain near the supports on
both sides of the beam. The loading pattern consisted of
three loading-unloading ramps between 30% and 5% of
the estimated maximum load. Then, the beam was

Figure 8 : Load-deflection curves of 4-m single-T beams

Figure 8 shows the load-deflection curves of the six tests
along with the model predictions. The ultimate failure
modes are indicated in the legend. The graphs show a
highly consistent performance of the tested beams within
the elastic range up to approximately 130 kN where the
yielding of the HBV induces nonlinearity in the loaddeflection curves. The average deflection at this point is
approximately 6.5 mm, which matches well the
predictions of both -method and the nonlinear Newmark
method. In the nonlinear zone, each curve has an
inflection point at a load between 180 kN and 218 kN at
deflections between 13 mm and 20 mm, after which the
resistance goes down some 10 kN to 30 kN and then
rebounds at a new level.
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The first peak load and the loss of resistance are
associated with the rupture of the shear connector in onehalf of the span, as can be seen from Figure 9, which is
discussed in more detail below. Consequently, the
composite action is reduced to near minimum, as the
slope of the load-deflection curve is nearly parallel to the
line representing the stiffness of a beam with no
composite action. In all cases, few cracks were observed
in the bottom side of the concrete slab due to the tensile
stress. The final failure mode depends on the quality of
the timber beam, which fails either in shear or in tension.
The final breaking load varies between 172 kN and
250 kN with the average of 210 kN, which is slightly
over the predicted value of 196 kN.
Comparing Figures 8 and 9 one can understand the
intricate relationship between the load-deflection and the
load-slip performance of the composite system using
Test #1 as example. The HBV connectors in both halves
of the beam act similarly in the elastic range up to
approximately 130 kN where the East section starts
yielding first. The causes of this incipient yielding are
random: defects in the installation process, lack or
surplus of glue at the interface, variability of the material
properties, etc. The asymmetric distribution of the slip
along the beam length is due to the nearly-elasto-plastic
shear-slip behaviour of the connection.

tension depending on the quality of the glulam
laminations composing the beam. If the quality of
glulam beam is higher than average, the second HBV
section can potentially reach its maximum shear
resistance before collapse of the timber. In all the six
tests on the single-T beams, the glulam girder collapsed
before the second section of the HBV Shear connector
was able to reach its maximum shear resistance.
Nevertheless, both analytical methods allowed predicting
the primary failure mode and failure sequence
successfully.

7. BENDING TESTS ON 4-M SPAN
DOUBLE-T BEAMS
The test series consisted of two three-point bending tests
on double-T beams. The glulam girders were of the same
size as in the first test series (1338 cm) and the concrete
slab dimensions were 16015 cm. One continuous row
of HBV Shear connectors per girder was used. Figure 10
shows the dimensions and the reinforcement of the
beams. A steel mesh was laid down over the HBV
connectors before casting the concrete. Laterally, the
system was reinforced with 15-mm rebars to resist the
transverse bending moment induced by the press at midspan. The concrete properties were determined after 51
days of curing. The average compressive strength was
43.1 MPa and the average modulus of elasticity was
26.4 GPa.

Figure 9 : Load-slip curves of 4-m single-T beam test #1

Once the connection starts yielding, the concrete slab
can slip along the glulam girder freely, but the load head
holds it in place. This creates the first transverse crack in
the concrete slab right under the corner of the steel HSS
load head. As the load increases, the slip at the East side
increases and the composite action of this half-beam
decreases progressively closing the distance between the
neutral axes of the timber and concrete components. The
second transverse crack appears in the concrete because
of the increasing tensile stress. At 182 kN, the East shear
connection fails resulting in a 20 kN load loss. At this
point, the East side has lost all composite action, while
the West side has not reached its maximum shear flow.
As the loading continues, the timber girder resists the
load almost independently caring the weight of the
concrete slab until it fails in longitudinal shear or in

Figure 10 : 4-m double-T beam dimensions and renforcement

The instrumentation was similar to the one used for the
tests on single-T beams. Since the measurements on the
North and South sides of the single-T beams in the first
test series were identical, we monitored the horizontal
slip and the wood crushing only at one face of each
beam (Fig. 11).
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Figure 11 : 4-m double-T beams test setup

Figure 13 : Load-slip curves of double-T beam test #1

According to the -method, assuming that the shear
connectors would yield evenly in both beams , the
estimated yield load was 304 kN (152 kN per girder) and
the corresponding deflection at mid-span was 4.4 mm.
The near minimum and the mean breaking loads of the
timber girders in bending were 407 kN and 529 kN
respectively. According to the nonlinear Newmark
method, the estimated yield and breaking loads of the
shear connectors were 270 kN and 418 kN, respectively,
and the mean breaking load of the timber girders was
442 kN considering failure asymmetry and a partial
reduction of the concrete Young’s modulus due to
cracking [11].

Figure 13 shows the load-slip behaviour of double-T
beam test #1. The yielding of the shear connectors
begins approximately between 225 kN and 250 kN, as
predicted by the non-linear model. The corresponding
deflection at mid-span of the beams at these loads is less
than 5 mm (Fig. 12). The HBV sections on the SouthEast (magenta curve) and North-West (blue curve) ends
seem to have yielded first, because they show a higher
slip up to 400 kN. As the load goes up, the HBV section
on the North-West half of the span fails, which induces a
redistribution of internal stresses in all components. On
the West side, the 2-m section of HBV of the South
beam resists half of the total load, while the other half of
the load is resisted on the East side by the 4-m section of
HBV in plastic yielding stage. Therefore, the SouthWest HBV section yields and fails at 420 kN, as can be
seen from the slip increase in Figure 13, which
corresponds to a plastic plateau in Figure 12 at the same
load starting at 13-mm deflection. As the load increases
further, the HBV connections on the West end are
already highly damaged and the composite action is
reduced to minimum. The HBV in the South-East end
fails next followed by the last section in the North-East
end. Both timber girders in the test #1 failed in combined
bending and tension at 491 kN. Only South girder failed
in the test #2 at 461 kN.
This test series provided a better understanding of the
post-elastic behaviour, stress redistribution and failure
mechanism of a system of two composite beams. It is
expected that the system effects and load sharing would
also dominate in a system with three or more beams, like
in a timber-concrete bridge.

Figure 12 : Load-deflection curves of 4-m double-T beams

Figure 12 shows the load-deflection curves of the two
tests on the double-T beams along with the model
predictions. Unlike the 4-m single-T beams, the TCC
system of double-T beams does not show a distinct loss
of resistance when the shear connection fails in shear.
All beams demonstrate highly consistent performance in
the elastic and yielding stages until failure.

8. BENDING TEST ON 12-M SPAN
SINGLE-T BEAMS
The third series consisted of four-point bending tests on
two 12-m span single-T beams. These beams represented
full-scale structures for a future use in a TCC bridge.
The glulam girder dimensions were 21.591.51300 cm
and the concrete slab was 100201300 cm. Although
three rows of HBV shear connectors would be necessary

WCTE 2016 e-book | 4343

to resist the maximum shear flow in a real 12-m single
span bridge designed according to Canadian standards,
only one row of the connector was used along the full
span of the tested beam to ensure a primary failure in the
connection on both sides of the load points and to
monitor the performance of the connection in the elastic
and yielding stages. The concrete properties were
determined after 115 days of curing. The average
compressive strength was 47.0 MPa and the average
modulus of elasticity was 27.0 GPa.

Figure 15 : Load-deflection curves of 12-m single-T beams
Figure 14 : 12-m single-T beam test setup

The dimensions, the reinforcement and the
instrumentation of the beam are shown in Figure 14. The
mid-span deflection of the beam at the centreline of the
girder relative to the floor was measured using two
LVDTs. Four LVDTs were used to measure wood
crushing at the supports. Six LVDTs (numbered from 1
to 6 in Fig. 14) were used to monitor the interface slip
profile along the length of the beam: No. 1 and No. 6
above the supports , No. 2 and No. 5 outside the load
points, No. 3 and No. 4 inside the load points (in the
shear-free zone).
According to the -method the average yielding load was
292 kN with a deflection at mid-span 16.1 mm. The
estimated mean and characteristic failure loads of the
glulam girder were 858 kN and 644 kN, respectively.
According to the non-linear Newmark method, the
failure load of the HBV connector was 415 kN.
Figure 15 shows the load-deflection curves of the two
tests on 12-m single-T beams. Both tests showed an
excellent consistency in behaviour of the TCC beams in
the elastic and yielding stages . The yielding started at
approximately 350 kN with the deflection at mid-span of
20 mm (L/600). The first failure of the shear connections
was registered at 430 kN when the beam deflection
reached 32 mm (L/375). Although the plastic yielding
allowed an extra 12-mm deflection on the 12-m span, the
ductility ratio appeared to be less than for the 4-m beams
tested under centre-point loading.

Figure 16 presents the interface load-slip pattern along
the 12-m span beam #1. It is observed that the slip is
quite symmetrical at the East side and at the West side
up to the yield point. The HBV connection starts
yielding first on the East side (red, black and purple
curves). The red and black curves refer to LVDTs #1 and
#2 (on Fig. 12), respectively, where the shear is
maximum, and the purple curve refers to LVDT #3
located in the zero shear zone. It appears that the slip
near the supports is higher than near the load point, and
there is some slip in the zero-shear zone.
Figure 17 shows the shear failure of the timber girder of
the beam #1. In the moments following the failure of the
HBV connection on the East side of the beam, the shear
and tension stresses increased. For this particular beam,
the shear resistance of the girder governed. We observed
a longitudinal shear failure between two growth rings in
the 10th lamination. The failure started at the West point
load and ended at the East support.

Figure 16 : Interface slip along the 12-m span beam #1
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Figure 17 : Shear failure of the 12-m span beam #1

Figure 18 shows the interface load-slip pattern along the
12-m sapn beam #2. The two 4-m HBV sections on the
East (red curve) and West (blue curve) sides yielded and
plastified evenly up to 3-mm slip at a 421 kN load. After
this point, the whole East section (blue, green and cyan)
developed a slightly higher slip than the West section.
The slip increase on the East side resulted in the load
drop followed by an increase up to 423 kN where the
entire West side HBV section failed in shear.

When we matched the model predictions using the
average modulus of elasticity of wood with the test
results, the predicted beam stiffness was much higher
than observed during the tests. The experimental
deflection at yielding was 165% higher than expected
with both analysis methods. There are two major factors
that could explain the difference. First, for a beam of that
size and considering the variability of wood, there is a
possibility that the real stiffness of the tested beams was
less than the mean value. We used the 5% modulus (E05
= 0.87E) in order to achieve the results shown in Figure
15. Secondly, using a single row of HBV connectors for
this beam could have limited the cross -section area of
concrete that actually participated in the composite
action. Reducing the effective concrete width, decreases
γ-value and diminishes the effective stiffness, which
results in a higher deflection at the same load. We used
half of the width (50 cm) to obtain the non-linear curve
in Figure 15. For a beam, with two or three rows of HBV
connectors, the effective concrete width is expected to be
higher. The suggested corrections allow a more precise
prediction of the experimental results of the 12-m beams.

9. CONCLUSION
The testing program showed that the γ-method and the
non-linear Newmark analysis were suitable to design
TCC beams and predict a ductile failure. The high
stiffness of the connection provided a high degree of
composite action and high stiffness of the TCC beam. A
suitable design of the ductile strength of the connection
can ensures a ductile behaviour of the structure which is
desirable in bridge design. There’s also a direct
relationship between the flexural and interface slip
behaviour. The double T-beams showed that the
effective width at ultimate loads gets more complex.
For future investigations, the fatigue performance of
different configurations of HBV should be tested. Some
static test on beams with multiple rows of HBV should
also be part of those investigations.
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CLT-LIGHTWEIGHT CONCRETE COMPOSITE BEAM WITH ADHESIVE
CONNECTION
Ján Kanócz1, Viktória Bajzecerová2
ABSTRACT: In the presented paper, results of theoretical and experimental investigation of timber-concrete composite
members with adhesive connection are described. For the timber part of composite beams Cross Laminated Timber and
for concrete part lightweight concrete was used. For the composite connection special adhesive to bounding wet
concrete and timber was applied. For experimental investigation two types of composite beams with different
dimensions was used. Due to the shrinkage of lightweight concrete small precamber of timber beams during concrete
hardening was applied. CLT panels combined with concrete slab dispose of higher load-carrying capacity, lower
deformation and vibration. In case of theoretical analysis, simplified analytical γ-method was used to consider shear
flexibility of the CLT cross layer. Results of presented experimental and theoretical analysis provide wider scope for
further research and application of adhesively bonded CLT-concrete composite members.
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2 EXPERIMENTAL INVESTIGATION
2.1 CHARACTERISTIC OF THE SPECIMENS
AND MATERIAL
Span of the tested beams 4.5 m and 6.0 m resulted from
the aim to apply investigated timber-concrete composite
beams as building slabs.
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Cross Laminated Timber boards (CLT) started to be very
popular material for timber bearing structures. The CLT
consists of at least three layers of timber lamellas; the
alignment of lamellas in each layer is alternated at 90°.
Mostly the layers are glued to each other, but also
mechanical fasteners are usable to connect them together
[1]. Structural members produced from CLT boards are a
solid panels applicable for bearing structures to loading
perpendicular and parallel to their plane. Therefore the
CLT panels can be design as a slab or wall structure.
To produce timber-concrete composite member also
lightweight concrete is possible to use. This type of
composite member has several advantages, as a lower
construction weight and positive thermal insulation and
acoustic properties. Lightweight concrete has a minor
displacement from creep, but increased displacement
from shrinkage. These properties have a significant
impact on long-term behaviour of timber-concrete
composite members [2].
To connect concrete to CLT to create timber – concrete
composite element several mechanical methods are
available [3, 4], but also gluing is suitable [5-7].
This paper describes real response and theoretical
modelling of composite beams consisting from Cross

Laminated Timber board and lightweight concrete layer
on the top. For the composite connection of two
materials special adhesive SikaDur T35 LVP developed
for bounding wet concrete with timber was use.
Advantage of gluing the wet concrete is not only in high
efficiency of shear connection, but also in the savings
concrete reinforcement comparing to glued composite
beam created with prefab concrete slab.

120 60

1 INTRODUCTION 123

600

Figure 1: Beam geometry; 1-Light-weight concrete Liapor, 2Adhesive Sikadur T35LVP, 3-Cross Laminated Timber
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For the shorter composite beams "TC2_4,5" glued Cross
Laminated Timber (CLT) slab with depth 80.0 mm was
used. The thickness of the light-weight concrete layer
was 50.0 mm. For the longer composite beams denoted
as "TC2 6,0", 120.0 mm thick cross-laminated timber
with 60.0 mm thick light-weight concrete was applied.
Width of all tested beams was 600.0 mm. Three beam
specimens of both types were prepared. In the Figure 1
geometrical parameters of beams are summarized.
Table 1: Parameters of beams

Beam type
Length (m)
Theoretical length (m)
Concrete Depth (mm)
part
Strength class
Type of material
Timber Depth (mm)
part
Layers
Strength class

TC2_4,5
4.5
4.4
50.0
LC20/22
CLT
80.0
30-20-30
C24

TC2_6,0
6.0
5.8
60.0
LC20/22
CLT
120.0
40-40-40
C24

The concrete layer was produced from lightweight
aggregates - Ceramic Expanded Clay Spheres named
“Liapor”. Material parameters of used concrete were
determined by tests according to the relevant standards.
See overview in Table 2.
Table 2: Average stress and deformation parameters of the
used light-weight concrete

Cylinder compressive strength
Cube compressive strength
Modulus of elasticity
Density

19.3
24.1
20.8
1827.0

Bending strength
Tensile strength
Shear strength
Rolling shear strength
E-modulus parallel to the grain
E-modulus perp. to the grain
Shear modulus parallel to the grain
Shear modulus perp. to the grain
Density

26.4
16.5
2.7
1.25
11.6
390.0
720.0
72.0
420.0

MPa
MPa
MPa
MPa
GPa
MPa
MPa
MPa
kg.m-3

The composite action between the timber and concrete
part was performed by adhesive Sikadur T35LVP. It is a
2-component epoxy resin adhesive not yet commercially
available. Advantage of this adhesive material is
moisture tolerant and thereby possibility bonding wet
concrete with timber. It is high-early-strength developing
and no shrinkage hardening adhesive.
Shear strength of glued connection between timber and
concrete was evaluated according to [9]. 6 pieces of
shear test specimens was prepared. The setup of the
shear tests according to Figure 2 was designed to prevent
the eccentric load application of the glued gap. The
failure modes of all tested shear specimens were shear
failure of concrete part and due to small eccentric load
partially a shear collapse of timber fibre. Measured
values of the shear strength reached 4.75 to 5.75MPa,
average value was 5.27 MPa (Table 4).

MPa
MPa
GPa
kg.m-3

Cross Laminated Timber part was built form 3 layers.
Top and bottom layers grain was oriented in longitudinal
direction of the beams. Strength class of the timber for
producing the CLT was C24. According to [8],
characteristic bending strength of CLT panels can be
based on either the tensile strength of the base material
(lamellas), or the characteristic bending strength of glued
laminated timber of the appropriate strength class
according to:

f m ,CLT , k  k l . f m ,GLT , k

Table 3: Stress and deformation parameters of the Cross
Laminated Timber

(1)

where fm,CLT,k = characteristic bending strength of the
Cross Laminated Timber, fm,GLT,k = characteristic bending
strength of the Glued Laminated Timber, kl = system
strength factor.
The system strength factor kl takes into account the
parallel effect of interacting components and can be
assumed as 1.1 [8]. Other expected strength and
deformation characteristics were based on the
characteristics of Glued Laminated Timber GL24 (see
Table 3).

Figure 2: Setup of the shear tests and failure mode
Table 4: Results of the shear strength test

Specimen
Shear strength (MPa)

01 02 03 04 05 06
4.8 5.4 4.8 5.8 5.3 5.5

Investigation indicates significant influence of concrete
shrinkage on timber-concrete composite beams
deflection [10], hence precamber of timber beams during
concrete hardening was applied. Precamber of beams
with span 4.5 m and 6.0 m was 10.0 mm and 15.0 mm,
respectively. Surface of the timber beam was cleaned
from dust and dirt. Adhesive was continuously spread on
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the top of the timber slabs with coverage 1.1 kg.m-2. To
avoid crowding of the adhesive was necessary pouring
the wet concrete into the adhesive from relatively low
height and carefully [11]. Concrete layer was applied till
60 min after adhesive mixture. As resulted from
calculation model, whole depth of concrete section
within simple bending will be compressed and therefore
no reinforcement in concrete part was used. Concrete
curing took about 3 days.

Figure 3: Preparing of specimens

2.2 BEAM BENDING TEST UNDER SHORT
TERM LOADING
Four points bending test with short term static load was
carried out (Figure 4). Three beam specimens of each
two span were subjected to short term loading. The short
term loading schedule was suggested with one unloading
loop on the 40% of estimated failure load level. Above
this level the loading process was increasing
continuously.

Figure 6: Measuring of horizontal displacements in the middle
of beam and horizontal slip at the end of beam

Using acquisition device Spider 8 middle deflection and
deflections at the points of loads application were
gauged. To discover the character of deformation,
horizontal displacement on the middle cross-section of
composite beam was measured in four levels on the
beam depth. Horizontal gauges were placed on the top
and bottom fibre of concrete and on the upper and lower
layer of CLT. Also horizontal movement of the each
layer was measured on the both ends of beam to
determine mutual slip of the concrete and bottom layer
of Cross Laminated Timber (Figure 6). Initial deflection
values in the middle of span are summarized in Table 5.
Table 5: Measured values of initial deflection

Beam type
Specimen
p (mm)
sh (mm)
sw (mm)

TC2_4,5
2
3
10.0
9.5 12.0 9.0
13.0 15.0 12.5
1

TC2_6,0
2
3
15.0
6.8
5.8
6.5 14.0 13.4
1

p = precamber, sh = initial deflection due to concrete
shrinkage, sw = initial deflection including concrete shrinkage
and self-weight

2.3 RESULTS

Figure 4: Experimental test setup
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Figure 5: Static scheme of 4-point bending test
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The failure mode of all tested beams was similar. The
cracks in timber occur near to locations with various
imperfections. After the breaching of several timber
lamellas the concrete layer in the middle part of the
beam was crushed, this was followed by overall collapse
(Figure 13). In the following graphs measured data as the
mid-span deflection, horizontal slip at the ends of the
beams and horizontal displacements on the middle crosssection of investigated beams are presented.
From the Figure 7 is clear, that in case of both type of
beams the fragile failure was occurred. Differences
between the mid span displacements of respective beams
and average value are max 11 % in case of both beams
types.
From the measured displacements horizontal strains
were calculated (Figure 10 to Figure 12). The calculated
strains and displacements show that in the glued
composite connection maximum shear stress has been
reached. However no defect was observed in the glued
composite connection. In transversal layers of CLT
didn´t occur any defects doe to the shear. Displacements
at the end of the beam shown in Figure 8 are minimal
and related only to the curvature of the beams during
their loading.
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Figure 8: Load –slip relationship at the beam end
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Figure 9: Horizontal displacement in the middle of span
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of the effective bending stiffness of built up timber
beams with semi-rigid composite action [16] called γmethod allows taking into account slips between the
individual layers. This model is usable in the case of
CLT beams when the shear flexibility of transversal
layers is considered in calculation process [14].
Some of the mentioned calculation methods can also be
used for composite CLT-concrete sections. Parametric
analysis of CLT-concrete beams with glued connection
showed that the Composite Theory together with
consideration of shear deformations by Timoshenko
gives comparable results with the γ-method. Because the
γ-method in its calculation allows considering any
flexibility between the CLT and concrete, in this article,
for CLT-concrete beams γ-method was applied. Figure 6
shows geometry of the CLT-concrete section and the
input parameters for the determination of the resistance.
Ec, Ac, I c
E1, A1, I 1

ac

a2
a1

+

3 CALCULATION MODEL
In the case of timber – concrete beams with adhesive
composite connection the composite action may be
assumed ideally rigid. However, due to laminations of
CLT with crosswise grain direction layers, calculation
model of rigid connection published in [12] is not
suitable in case of beams "TC2". In the layers with grain
orientation perpendicular to longitudinal axis of beam
the “rolling shear” effect is occurs, which cause the
stiffness reduction.
To determine the resistance of CLT panels several
analytical method based on beam theory is available.
One method is the Laminated Beam Theory, or so called
Composite Theory, reflecting the different stiffness
properties of each layer. It is quite suitable for relatively
slender beams spread to the ratio L/h ≥ 30, with span L
and the section height h [13, 14]. In the case of a lower
ratio, it is necessary to take into account shear
deformation using Timoshenko beam theory in the form
of shear factor κ [8]. Another suitable analytical method
applicable to CLT beams is called Shear Analogy
Method [15]. The method takes into account different
modules of elasticity, and shear modulus of each layer in
the different configurations. It is applicable to any
number of layers and any L/h. Shear deformation of
transverse layers is taken into account in calculating
process of deflection from shear. The calculating method

c,LOW

1,UPP
1,LOW
2,UPP

max
r,max

2,LOW

b

Figure 13: Failure mode of the experimental beams
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h2  h1 hc
h
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G
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Figure 14: Cross-section and distribution of bending and
shear stress

The effective bending stiffness (EI)eff of the simply
supported CLT-concrete composite beam accordance to
the “γ-method” is calculated as:

EI eff



 E I

i  c ,1, 2

i i

  i E i I i Ai a i2



(2)

where Ii = the moment of inertia of i-layer, Ei = Young’s
modulus of elasticity of i-layer, Ai = cross-section area of
i-layer, ai = distance between the centre of gravity and
gravity of i-layer:
a1 

 c Ec Ac hc / 2  h1 / 2   2 E 2 A2 h2 / 2    h1 / 2
  i Ei Ai

(3)

i  c ,1, 2

a c  a1 

hc  h1 ,
h
h
a 2  a1  1    2
2
2
2
γc = 1.0, γ1 = 1.0

(4)
(5)

where hi = i-layer depth, Δ = depth of the CLT cross
layer.
The glued composite connection between the CLT and
concrete is the rigid connection; therefore the factor γc is
equal to 1.0. The factor is depend on the shear behaviour
of transverse layer and can be expressed as:

  1   2 E c Ac  / G90 bL2 

1

(6)
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where G90 = shear modulus parallel to the grain, b = with
of the CLT panel.
Index „c“ refer to concrete part of composite crosssection, index „1“ refer to 1st longitudinal timber layer,
index „2“ refer to 2nd longitudinal timber layer.
In the expressions (2) to (6) is necessary take into
account the respective modules of elasticity of the
individual layers. For the concrete layer the mean
modulus of elasticity Ec,mean, for the longitudinal layers
of CLT the mean modulus of elasticity of wood in the
direction of grains E0,mean. Contribution of the transverse
layers to the bending stiffness is very low, therefore in
the calculation of bending stiffness are neglected.
Normal stress distribution in the bended timber-concrete
composite cross-section (Figure 14) can be calculated as:

 i ai Ei M ,
h E M
 i,M  i i

EI eff

2EI eff

(7)

where M = bending moment, i = c, 1, 2.
Normal stress value in upper (UPP) and lower (LOW)
fibers of i-layer is given by:

 i ,UPP   i , N   i , M ,  i , LOW   i , N   i , M

(8)

The maximum shear stresses of composite cross-section
(Figure 14) depend on the position of neutral axis. If the
neutral axis is in the concrete part of the cross-section,
the maximum shear stress is calculated as:

 max  V

Ec bc hc / 2  ac  / 2 , (if |a | ≤ h /2)
c
c
EI eff b

The Figure 15 and Figure 16 show a comparison of
beams deflections at mid-span obtained from bending
tests and deflections calculated using equation (13). In
Table 6 and Table 7 numerical data for comparison of
effective beam stiffness (EI)eff, the slope of the deflection
k and load limits Fmax are summarized. Slope of the
curve illustrates the relationship between the deflections
δ and the load F. In case of beams TC2_4,5 is possible to
define theoretically deflection by the relationship δ = 2.2
F and in case of beams TC2_6,0 by δ = 2.1 F.
From the graphs and data it is clear that the calculation
model with sufficient accuracy describes stiffness
properties of the investigated beams. Deviations of the
measured values from the calculated values of effective
stiffness in case of the beam TC2_4,5_03 are up to 31%,
but deviations in the case of other investigated beams
reach max. 15%.
In some cases the estimated limit loads Fmax just 50% of
beams real resistance are found. This may be caused by
higher resistance of the used materials.

40

2

(9)

where V = shear force.
If the neutral axis occurs in the first layer of crosslaminated timber, the maximum shear stress is calculated
as:

 max  V

4 COMPARISON OF RESULTS

 2 E 2 A2 a 2  E1b1 h1 / 2  a1  / 2 , (if |ac| > hc/2)

Load F (kN)

 i, N 

Estimated maximum load level of 4-point bending test
can be assumed using formula (7) to (12) after simple
modification.

30
19.82

20

TC2_4,5_01
TC2_4,5_02
TC2_4,5_03
theory
theoretical resistance

10

2

EI eff b

(10)

The shear stress in the gap between the 1st longitudinal
and the cross timber layer (rolling shear) is calculated as:

 roll  V

 2 E2 A2 a2

EI eff b

(11)

0

60

 c Ec Ac ac

40

In case of 4-point bending test (Figure 5), theoretical
mid-span deflection δ can be calculated according to:



23 FL3
648 EI eff

The resistance of the CLT-concrete composite beam is
given by the ultimate normal stresses in the top and
bottom edge of the concrete or timber cross-section, by
the ultimate shear stress in the composite connection gap
or by the ultimate rolling shear in the cross timber layer.

100

30
TC2_6,0_01
TC2_6,0_02
TC2_6,0_03
theory
theoretical resistance

25.48

20
10

(13)

40
60
80
Mid-span deflection(mm)

50
Load F (kN)

EI eff b

(12)

20

Figure 15: TC2_4,5 - Load – vertical displacement
relationship in middle span

The shear stress in the glued gap between concrete and
timber part of the cross-section is calculated according
to:

s V

0

0

0

20

40
60
80
100
Mid-span deflection(mm)

Figure 16: TC2_6,0 - Load – vertical displacement
relationship in middle span
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Table 6: Comparison of numerical and experimental results

F=2.38 kN

Parameter

1.38
2.2
19.8

(EI)eff .10-12 (Nmm2)
k=δ/F (mm/kN)
Fmax (kN)

1
1.17
2.6
37.4

2
3 average
1.23 0.95 1.12
2.5 3.1 2.76
40.6 28.6 35.51

100.0

(EI)eff .10

2

(Nmm )

k=δ/F (mm/kN)
Fmax (kN)

3.43
2.1
25.5

1
3.2
2.2
47.4

2
3 average
3.7 3.0 3.31
1.9 2.4 2.16
58.4 49.4 51.71

The measured and calculated normal stresses diagrams
along the depth of mid span cross-section are compared
on Figure 17 and Figure 18. Experimental stresses value
σi were calculated from measured horizontal
displacement Δl (Figure 9 and Figure 11) and modulus
of elasticity Ei (Table 2 and Table 3) according to well
know formula σi = Ei.ε, where ε = Δl/l, l = distance
between gauges measuring 250 mm. The theoretical
values from the presented calculation models were
received. The comparison shows the quite good fitting of
measured and calculated data.
Values of theoretical normal stress distribution in the
mid-span cross-section and maximum relevant shear
stress distribution at the ends of beams in time near the
average collapse load with considering self-weight of
beams are listed in Table 8. Although the calculation
model consider only linear behaviour of materials, we
can evaluate, that used materials exceed their expected
strength parameters. Figure 19 shows the theoretical
shear stress distribution along the depth of cross-section.
The values are much lower than shear resistance of
materials.
Table 8: Theoretical stress distribution near collapse load

type of beam
load (kN)
self-weight (kN/m)
normal stress of
i-layer (MPa)

shear stress (MPa)

F
q

σc,UPP
σc,LOW
σ1,UPP
σ1,LOW
σ2,UPP
σ2,LOW
τs
τmax
τroll

TC2_4,5

TC2_6,0

35.51
0.72
-41.04
0.46
0.24
13.42
20.39
33.57
0.68
0.68
0.55

51.71
0.91
-42.50
-3.51
-1.86
11.90
22.61
36.37
0.70
0.70
0.60

F=2.38 kN-theory

60.0

F=10.38 kN-theory
F=20.38 kN-theory

40.0

F=38.38 kN-theory

20.0

TC2_4,5_2

Figure 17: Stress in middle cross-section of TC2_4,5_2
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Figure 18: Stress in middle cross-section of TC2_6,0_2
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Experimental results
TC2_6,0 Specimen:
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0.0
-45.0 -30.0 -15.0 0.0 15.0 30.0 45.0

Table 7: Comparison of numerical and experimental results

Num.
res.

F=10.38 kN

120
0.52

100

0.68

80

0.65

60
40

0.55

20
0

0.30
0.0

TC2_4,5

0.5

0.55
1.0

Shear stress (MPa)

Cross-section depth (mm)

Num.
res.

Experimental results
TC2_4,5 Specimen:

Cross-section depth (mm)

120.0

180
160
140
120
100
80
60
40
20
0

0.50
0.70
0.68
0.60
0.33

0.60

0.0 0.2 0.4 0.6 0.8 1.0

TC2_6,0
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Figure 19: Theoretical shear stress distribution near collapse
load

5 CONCLUSIONS
In this article results of experimental and theoretical
investigations of CLT - lightweight concrete composite
beams bounded by a special adhesive Sikadur T35 LVP
were presented. The results show, that the adhesive
composite connection is very effective and comparing to
mechanical fasteners higher bending stiffness of timberconcrete beams is possible to achieve. On the other hand,
the adhesive connection has increased influence on the
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composite beam´s deflection due to shrinkage of the
concrete.
Using lightweight concrete there is possibility to save
part of self-weight loading and get space to rise up the
applied load. Negative influence of higher value of
shrinkage deformation can be reduced by precamber of
timber beams during the concrete hardening.
Geometrical parameters of tested beams in relation to the
tests setup prove to be not optimal, because the beams
show a high bending resistance, but relatively low
bending stiffness. The limited deflection is achieved at a
level of nearly one-third of the beams bending
resistance. Therefore it is necessary to find a more
appropriate thickness ratio of the wood and concrete
part. The investigated relatively thin type of CLT
composite element will find application as a component
of timber based spatial hybrid structure.
In the calculation model based on γ-method the rigid
action between the timber and concrete was considered.
This condition was confirmed as a proper condition for
the adhesive connection. The comparison of
experimental and calculation results shows that this
calculation model with sufficient accuracy describes the
real response of the CLT-concrete beams with adhesive
composite connection.
In the case of investigated beams the tension stresses in
the bottom of concrete layer was relatively low and do
not exceed the concrete strength. It can be assumed that
because of the adhesive connection no reinforcement in
tensioned part of concrete layer will be necessary to put
and the function of reinforcement will take up the wood
parts.
The adhesive composite connection was pointed as a
very effective method for the timber-concrete beams
from the point of view of short term loading. But also is
very important to have information about the long term
acting oriented to the lifetime of the adhesive connection
of these structural elements. Currently third year of longterm experimental test of timber-lightweight concrete
composite beams by adhesive connection is running; the
partial results will be published.
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INVESTIGATIONS ON THE SLIP MODULUS OF A NOTCHED
CONNECTION IN TIMBER-CONCRETE COMPOSITE FLOORS
Katrin Kudla1, Simon Mönch2, Ulrike Kuhlmann3, David Volk4, Tobias Götz5
ABSTRACT: For the design of timber-concrete composite (TCC) elements with notches, the slip modulus Kser
represents an important property of the connection. In this paper available research results were gathered and further
experimental tests were carried out in order to define the slip modulus of a notched connection. Therefore experimental
push-out and beam tests have been conducted on timber-concrete composite specimens. Test series included specimens
with and without screws in the notches. Also the failure mode of the connection as well as the application of the slipmodulus (obtained from the push-out tests) in TCC elements have been investigated.

KEYWORDS: Timber-concrete composite, floor, notch, experimental testing, slip modulus

1 INTRODUCTION 123
Hybrid structures are an economical solution for multistorey timber buildings. In preparation of the new
generation of EN 1995-1-1 [1], several European
working groups (e.g. WG 4 in COST Action FP 1402)
have been formed in order to collect and to discuss the
gained knowledge about timber-concrete composite
(TCC) elements, which shows how important hybrid
timber structures are.
In the future version of Eurocode 5 there will be a new
part on TCC structures, which also should include
information on joints between timber and concrete. In
this part of Eurocode 5 the most important characteristics
and properties of a notched shear connection are given,
because other TCC connectors like screws are usually
covered by technical approvals. Notched connections
need no special skills beyond the typical knowledge of
carpentering timber connections. Nevertheless this type
of connection is one of the most efficient connections
between timber and concrete. Due to high stiffness and
high strength values, notched connections are especially
appropriate for multi-storey buildings, floors or bridges
with heavy loads [2].
One important property for the design of TCC elements
with notches is the slip modulus of the connection at
1
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serviceability and ultimate limit states [4]. Available
research results were gathered and further experimental
tests were carried out in order to define the slip modulus
and the ultimate load carrying capacity of a notched
connection (e.g. [2], [3], [4] and [5]).

2 EXPERIMENTAL TESTS ON STATIC
LOAD BEARING BEHAVIOR
2.1 GENERAL INFORMATION ABOUT TEST
PROGRAM [2]
As part of a ZIM-Cooperation-Project tests on TCC
elements as well as additional small tests on timber and
concrete components have been conducted [2]. For all
specimens typical material qualities have been applied:
glued-laminated timber GL 24h according to EN 14080
[6] with a lamella thickness of 40 mm and concrete of
classification C 30/37 according to EN 1992-1-1 [7]. As
form-fit connection of both layers notches with a depth t v
of 20 mm and an inclination of 90° have been milled into
the timber and filled with concrete (see Figure 1, where
tv = notch depth, lK = notch length, lv = timber length in
front of the notch, hH = timber thickness, hB = concrete
thickness and α = notch inclination of the edge). All tests
have been conducted under static loading.
The aim of the push-out tests was to define slip modulus
and ultimate strength of the notched connection as well
as the investigation of the influence due to additional
washer head screws inside and outside the notches.
Subsequent to the push-out tests, shear- and bending
tests on 400 mm wide slab sections have been
conducted. The tested timber-concrete composite
elements had a length of 4 m and only had two notches
(one notch each half element side). With these tests it
should have been verified whether the failure modes of
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the conducted push-out tests could be confirmed for a
beam. Also a question was whether the relative
displacement between timber and concrete measured at
the notches is comparable. An advantage of these
relatively short beams (with only one notch each half
element side) has been the possibility to investigate the
load-bearing behavior isolated for one notch. Therefore
load-distributing effects between a series of several
notches (as in case of real TCC elements) are
disregarded. In order to verify the results of tests on
push-out specimens as well corresponding 4 m beam
tests regarding real TCC slab systems, additional 6 m
beam tests have been conducted. Those beams had six
notches (three notches each half element side).

Figure 2: Isometric drawing including reinforcement of test
series 1 specimens

Figure 1: Drawing of one notch with relevant parameters

2.2 PUSH-OUT TESTS
2.2.1 General information about test series and
geometry
Overall 20 symmetrical push-out tests on 5 different
series of tests have been conducted [2]. The specimen
geometry of test series 1 is shown in Figure 2 and Figure
3. The width of one specimen was 200 mm and the same
width was chosen for timber and concrete components.
The 5 lamellae of both outside placed glulam elements
have been located in upright direction (standing
lamellae). This means the narrower (40 mm wide side of
the lamella) is located in direction to the concrete
element placed inside. Each push-out specimen had two
notches (one notch per shear plane) with a depth of 20
mm. Within 3 test series the length of the notches has
been varied. The timber length in front of the notch has
been 300 mm (not varied), which corresponds to 15
times the notch depth. Figure 4 to Figure 8 show
drawings (see marked notch detail in Figure 3) of
particular notches regarding to the individual test series.
Additional to form-fit notches for four test series selfdrilling washer head screws SPAX® 8.0 x 160 regarding
to National Technical Approval Z-9.1-449 [8] have been
applied. The screw embedment depth into the timber was
80 mm.

Figure 3: Front view and top view of test series 1 specimens
[mm]

In Table 1 all series of tests including particular varied
parameters are summarized. For test series 1 (length of
notch 160 mm) a total of 7 tests have been conducted.
For this series there was always one washer head screw
in the middle of the notch (see Figure 4). Regarding the
length of the notch and the position of the screw this
series represents the standard case.

WCTE 2016 e-book | 4356

Table 1: Overview on push-out test series

Series
number
1
2
3
4
5

Number of
specimens
7
3
3
4
3

Length of
notch [mm]
160
120
200
160
200

Screws
X
X
X
X*

*Additional screws in front of the loaded edge of the notch

The length of the notches in test series 2 has been chosen
to a shortened length of 120 mm and notches in test
series 3 had an extended length of 200 mm (see Figure 5
and Figure 6, respectively). Also for test series 2 and 3
one screw has been applied in the middle of each notch.
The aim of the varied length of the notch was to initiate
various different failure modes. For the specimens with
120 mm long notches a failure on the concrete cam was
expected and for the specimens with 200 mm long
notches a failure on the timber in front of the notch
(compression or shear failure) was expected. Test series
4 had the same geometry of the notch as test series 1, but
there were no additional screws (see Figure 7). The aim
of test series 4 was to investigate the influence of the
screws regarding the load-bearing capacity, stiffness and
the failure of the notch. Furthermore it was investigated
whether there is a lifting of timber and concrete.
For test series 5 four additional screws have been applied
in front of the loaded edge of the notch in order to
strengthen this area (see Figure 8). In this case the length
of the notch was increased to 200 mm in order to prevent
a failure of the concrete cam. These additional screws
should prevent a timber shear failure in front of the
loaded edge of the notch, which has been the mode of
failure in several former experimental tests. Furthermore
the aim was to increase the load-bearing capacity and the
stiffness of the notches as well as to get a ductile
structural behavior.

Figure 4: Test Series 1 [mm]

Figure 5: Test Series 2 [mm]

Figure 6: Test Series 3 [mm]

Figure 7: Test Series 4 [mm]
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Figure 8: Test Series 5 [mm]

2.2.2 Selected studies and results
All specimens showed a very similar load-displacement
behavior. In Figure 9 mean values of load-displacement
curves of all test series are illustrated. The displacements
shown on the horizontal axis have been measured
directly on the notches. The vertical axis shows the load
which was applied to each single notch (corresponds to
half the load of the machine). In Figure 9 the
displacement is limited to 1 mm, however displacements
up to 10 mm to 26 mm have been recorded in the end.
Generally, at first a linear-elastic behavior was present
until 70 % to 80 % of the maximum load was reached.
After that a continuous decrease of stiffness occurred
until (already for a small displacement below 1 mm) a
plastic behavior was observed.

which (compared to test series 1) the lengths of the
notches have been varied, the expected influence on the
failure modes did not occur. An effect due to a shorter
length of the notch (120 mm for test series 2) to induce a
failure on the concrete cam was not identified. The load
level on which cracks occurred in the concrete as well as
the crack propagation did not differ from test series 1, 3
and 4. An increase of stiffness or load bearing capacity
due to screws located in the middle of the notch could
not be determined. The mean values of test series 1 (with
screws) as well as test series 4 (without screws) are
similar (see Figure 9). Additional screws in front of the
loaded edge of the notch on specimens of test series 5
did not lead to a different failure mode compared to the
other test series, but a higher load level was reached. A
failure due to shear of timber in front of the loaded edge
of the notch never occurred. This is why an effect of
additional screws preventing this type of failure mode
cannot be concluded. However, additional screws in
front of the loaded edge of the notch led to an increase of
stiffness and load-bearing capacity (see Figure 9). This
also has been an aim for this test series.
2.2.3 Slip modulus of the notch
The slip modulus of each specimen has been determined
between 10 % and 40 % of estimated maximum value of
load-bearing capacity according to EN 26891 [9]. In
Table 2 the mean values of slip modulus for all single
test series reffering to one notch and a width of 1 m are
given. Furthermore standard deviations and coefficients
of variation have been calculated. Additionally the mean
value of slip modulus out of test series 1 to 4 has been
calculated, because all specimens within these test series
showed a similar load bearing behavior.
Table 2: Mean value of slip modulus

Series
number

Figure 9: Mean value of load-displacement curves of test
series 1-5 up to 1 mm displacement

The failure of all specimens was characterized by timber
failure due to compression parallel to grain at the edge of
the notch. The transition from linear-elastic to plastic
behavior is characterized by a timber compression
failure. As a consequence deformation and shear cracks
on the concrete cam occurred. In test series 2 and 3, for

Standard
deviation
[kN/mm/m]
296.1
236.8
394.8
431.7
497.9

Coefficient
of variation

1
2
3
4
5

Mean value
Kser
[kN/mm/m]
1372
1571
1971
1629
2816

1-4

1571

377.7

0.2400

0.2158
0.1507
0.2003
0.2651
0.1768

3 EVALUATION OF RESULTS AND
COMPARISON WITH DATA IN
LITERATURE
In the following, the mean value of the slip modulus of
test series 1 to 4 shown in Table 2 (Kser =
1571 kN/mm/m) is compared with data out of literature
review. Table 3 and Table 4 show an overview on
further investigated push-out tests on timber-concrete
composite elements with notches. For each reference, the
selected results in the mentioned tables are restricted to
notches with similar geometry and material properties. In
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particular only test series with timber elements out of
glue-laminated or stacked board spruce elements have
been chosen. Further results of push-out tests with other
geometry or material properties, which are not
considered in this comparison can be found in [10], [11],
[12], [13] and [14].
Table 3 shows the values of single parameters, which are
essential for the corresponding slip modulus K ser given in
Table 4. Also the given failure modes are only valid for
the chosen parameters of each reference. In many
references material properties, timber length in front of
the notch, notch depth or angle of notch inclination have
been varied. In order to achieve a better comparability of
results among themselves as well as to the own
conducted tests (see chapter 2.2), the chosen test results
have been restricted to one parameter each. Exceptions
are lk for [17] and α for [18], since there were no
differences in the load-bearing behavior or the failure
modes. That means for example, for [17] five tests with
lk = 150 mm and five tests with l k = 200 mm have been

evaluated together. The number of tests for each
reference is related to the given configurations. Table 4
shows mean values of slip modulus Kser referring to one
notch and a specimen width of 1 m.
Following factors can affect the value of slip modulus:
- Material quality and variation of material
properties
- Geometry of specimen
- Position of measuring device
- Test set-up and loading protocol
With regard to material properties for the slip modulus
especially the modulus of elasticity of timber as well as
the relation between the modulus of elasticity of timber
and concrete is relevant. In consideration of material
quality and geometry the results of own tests are most
comparable to investigations of Schönborn [17] and
Grosse [18]. There is a good agreement of values of slip
modulus (1571 kN/mm/m compared to 1368 kN/mm/m
and 1602 kN/mm/m).

Table 3: Parameters for push-out specimens with notches from different literature

Parameter
Simon 2008 [15]
Michelfelder 2006 [16]

Concrete
quality
C 25/30
C 20/25

Schönborn 2006 [17]
Grosse 2005 [18]

C 25/30
C 35/45

Kuhlmann & Aldi 2010 [19]

C 30/37

Timber
quality
GL 28h
Stacked board
S7 (C 16)
GL 24h
Stacked board
S10 (C24)
GL 32h

lK
[mm]
200
200

tv
[mm]
20
20

lv
[cm]
250
250

α
[°]
100
90

150 / 200
200

20
20

360
250

100
90 / 100

200

40

400

90

Table 4: Results of push-out tests with notches from different literature

Literature
Simon 2008 [15]

Number of
specimens
4

Kser
[kN/mm/m]
737

VarK
Kser
0.041

Michelfelder 2006 [16]
Schönborn 2006 [17]

19
10

381
1368

0.213
0.159

Grosse 2005 [18]

6

1602

0.240

Kuhlmann & Aldi 2010 [19]

3

1757

0.215

A comparison of characteristic values in Table 3 shows a
considerable low value of slip modulus of the notch
related to Michelfelder [16] (Kser = 381 kN/mm/m). Here
the position of displacement measuring devices could be
the reason regarding to the low value of slip modulus. A
normative rule or standardized specification for the
position, on which displacement measurement devices

Failure mode
Compression parallel to grain
Shear of timber in front of notch
Shear of timber in front of notch
Compression parallel to grain
(Shear in concrete)
Stress in concrete
(Compression parallel to grain)
Shear of timber in front of notch

have to be applied to characterize the load-displacement
behavior, do not exist. Load-displacement curves and
resulting slip modulus in Michelfelder [16] have been
determined by displacement measurement devices
located at the bottom of the timber element. Due to this
position of measurement devices the displacement at the
notch might be overestimated. Consequently the
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slip modulus of the connection would be underestimated.
The displacement between timber and concrete for all
other mentioned test series from literature has been
measured in the area of the notch. In any case the
displacements in the range of determining the slip
modulus Kser regarding to EN 26891 [9] is very low (less
than 1 mm). Consequently the accuracy of measurement
devices can affect the results.
Tests conducted by Schönborn [17] showed a
considerable higher slip modulus compared to
investigations by Michelfelder [16]. Besides other
material qualities and the location of measurement
devices, the geometry could have an influence.
Investigations by Schönborn [17] are based on a length
of timber in front of the loaded edge of the notch
lv = 18 · tv, which is higher compared to Michelfelder
[16], where lv = 12.5 · tv. However the slip modulus
calculated by Grosse [18] is higher compared to
Michelfelder, even though the relation tv / lv is similar.
The length of timber in front of the loaded edge of the
notch has been chosen to at least 10 · tv in all cases and
therefore long enough to avoid an early shear failure of
timber due to an increased shear stress peak (cf. [20]).
However the length of timber in front of the loaded edge
of the notch can affect stiffness value. A varied
inclination of the edge of the notch between 90° and
100° does not have an effect related to the value of slip
modulus.
Generally the lamellae of stacked board- and gluelaminated elements have been arranged as “standing”
lamellae in order to be loaded in edgewise direction,
which represents the usual application on timberconcrete composite floor elements as slabs. Merely for
investigations documented in Simon [15] and Kuhlmann
& Aldi [19] lamellae have been arranged in “lying”
direction, because these tests focused on beam elements.
A direct comparison between values by Simon [15] and
Kuhlmann & Aldi [19] is not possible because of
different chosen values of the depth of the notch as well
as material qualities. Due to the fact that in
Kuhlmann & Aldi [19] a depth of the notch tv = 40 mm
has been investigated, about double the value of slip
modulus in comparison to Simon [15] (tv = 20 mm)
seems plausible. Comparing the results by Simon [15]
with other mentioned investigations on 20 mm deep
notches, the range of values is plausible. However the
value of the slip modulus in Simon [15] is rather too low.
This may be due to the fact that in case of “lying”
lamellae the possibility of a lower modulus of elasticity
according to the loaded lamella is more likely. In case of
“standing” lamellae, as chosen in all other mentioned
investigations, the parallel arranged lamellae are
activated simultaneously.

4 APPLICATION OF SLIP MODULUS
ON TCC-ELEMENTS
Altogether 9 tests on 4 m long shear beams and 9 tests
on 6 m long beams have been conducted. Within each
length the tests have been divided into 3 different test
series, whereby exclusively the position of the washer
head screws has been varied. Figure 10 shows the
geometry of a shear beam (test series 10) with two
notches. The inner width of one element between the
supports was 3800 mm. The aim of these relatively short
elements was to initiate a failure of the notches before
bending failure of the beam.

Figure 10: Half a shear beam and cross section of
test series 10 [mm]

In the following for a comparative investigation of the
slip modulus of the notch (between beam and push-out
tests) test series 10 is considered. The design of the
notch in this test series was correlated to push-out test
series 1 (see Figure 4 and Figure 11). The concrete slab
as well as the glue-laminated timber elements had a
height of 120 mm. The width of each beam specimen
was 400 mm, which was exectly twice the width of the
push-out specimens. Furthermore the same width for
both timber- and concrete components was chosen. All
10 lamellae (40 mm width each) have been located in
“standing” direction. The length of timber in front of the
loaded edge of the notch lv was 300 mm. Furthermore a
20 mm deep and 25 mm wide groove (see Figure 10)
was applied. The aim of the groove was to ensure that
compression stresses perpendicular to grain due to the
support cannot affect the load-bearing behavior of the
notch. Compression stresses perpendicular to grain
might have resulted an increase of longitudinal shear
bearing capacity as well as a prevention of shear failure
of timber in front of the notch.
All beam tests have been conducted as 4-point bending
tests (2-point load, each located in quarter-points of span
length). The curve of the bending moment due to a load
of 2 concentrated loads is almost the same as for a
uniformly distributed load in practice. Among other
measurements, the deflection at mid-span as well as the
slip between timber and concrete at each notch was
recorded (see Figure 12). The beam tests as well as the
push-out tests generally showed an equal failure mode of
timber due to compression (see Figure 13). Furthermore
Figure 12 shows the formation of cracks in the concrete.
As soon as plastic deformation occurred in the timber on
the notches, no considerable increase of shear forces on
the notches was possible anymore (see Figure 9) and a
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load redistribution into normal stresses of the concrete
and timber cross sections occurred. After failure of the
notches, the failure of the beam element has been
characterized by a bending-tension failure of the timber.

forces and deflections of the beam. A slip modulus of
1571 kN/mm/m (derived from push-out tests) was
applied. The load-deflection curve of the simulation on
the basis of the truss model shows, that due to the model
(for loads up to 80 kN) the deflection is underestimated a
little (see Figure 14).

Figure 11: Notch detail of test series 10 [mm]

Figure 14: Deflection at mid-span, shear beam test series 10
and simulation truss model

Figure 12: Damage of notch, shear beam test 10.3

Figure 13: Damage of notch, buckling of fibers, shear beam
test 10.3

Figure 14 shows a load-deflection diagram at mid-span
for shear beam test series 10 as mean value of the 3
corresponding specimens. This diagram is cut at a
deflection of 70 mm. For this test series as mean value
an ultimate deflection of 87 mm and a maximum load of
164 kN (divided into 2 single loads) has been reached.
After reaching a load of about 80 kN a decrease of
stiffness occurred due to plastic deformations on the
notches.
The beam tests have been modelled using a truss model
by Rautenstrauch [21]. There a linear-elastic material
behavior was assumed. The aim was to calculate internal

Also shear forces at the notch related to several load
steps can be determined. Figure 15 shows shear forces at
the notch calculated on the truss model due to a slip
modulus of 1571 kN/mm/m according to mean values of
measured displacement at the notches of beam test
series 10. For comparison in this diagram also the loaddisplacement curve of one notch (for 400 mm width) of
push-out series 1 is shown. The two notches with a width
of 200 mm each (push-out tests) correlate to one notch
with a width of 400 mm according to the beam test
series. Up to the beginning of the plastic behavior, the
curves are almost congruent.
On the basis of the truss model, at a load step of 80 kN
(vertical load) a shear force of 192 kN for 400 mm width
was determined at the notch. The average of
displacement at the notch (test series 10), related to the
mentioned load step, was 0.5 mm. In this range the load
bearing capacity of the notch is almost reached and the
plastic deformation of the timber due to compression
parallel to grain begins (see Figure 9).
From this point the stiffness of the notch as well as the
bending stiffness of the beam decrease considerably.
Furthermore the load bearing behavior cannot be
reproduced by using the truss model because of an
overestimation of the load bearing capacity and the slip
modulus of the notch. The use of a truss model
corresponding to an application of a slip modulus of
1572 kN/mm/m in order to determine internal forces as
well as deflections is only appropriate until no plastic
deformations at the notch occur.

WCTE 2016 e-book | 4361

notch, for example due to a deformation of wood fibers
under compression, as listed in [2], [17] and [18], a
modification of the slip modulus in ULS regarding to
specifications in EN 1995-1-1 [1] is meaningful.

6 CONCLUSIONS

Figure 15: Shear force at one notch (40 mm width) of push-out
series 1 and simulation truss model according to displacement
values of test series 10

5 RECOMMENDATIONS FOR DESIGN
AND CONSTRUCTION
Based on self-conducted investigations as well as results
listed in [15], [16], [17], [18] and [19] recommendations
for timber-concrete composite structures with notches
can be derived.

In this paper experimental push-out and beam test results
from timber-concrete composite specimens with notched
connections have been presented. Results from these
tests as well as from literature (e.g. regarding material
properties or depth of the notch) have been put together
in order to provide important design parameters for
notched connections. Hopefully these parameters will be
given in a TCC part of the new version of Eurocode 5.
Especially information on the slip modulus will help the
designer to calculate TCC elements with notches.
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Under the following conditions a slip modulus of
Kser = 1500 kN/mm/m can be applied for:
-

-

Concrete quality at least C 20/25 regarding to
EN 1992-1-1 [7]
Glue-laminated timber quality at least GL 24h
regarding to EN 14080 [6] or stacked board
elements quality at least C 24 regarding to
EN 338 [22]
Arrangement of timber lamellae in “standing”
direction (edgewise)
Depth of the notch tv at least 20 mm and most
40 mm
Length of the notch lK at least 150 mm and most
200 mm
Timber length in front of the loaded edge of the
notch lv at least 15 ∙ tv
Inclination of the edge of the notch between 90°
and 100°

If there are screws applied in the notch with a diameter
of ≤ 12 mm, there will be no influence on the slip
modulus. In case of screws (spacing less than 50 mm
among each other and in direction perpendicular to
grain) for strengthening the timber in front of the notch,
this induces an increase of the slip modulus.
The slip modulus Kser can be used at serviceability limit
state (SLS). Whether this also should be used for
calculation at ultimate limit state (ULS) value, without
any modification, depends on the load-displacement
behavior and the decisive failure mode of the notch. In
case of a nonlinear load-displacement behavior of the
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STABILITY OF CROSS LAMINATED TIMBER (CLT) BEAMS
Harald Krenn1, Thomas Moosbrugger2, Thomas Bogensperger3
ABSTRACT: Cross laminated Timber (CLT) is commonly used as load-carrying, planar structural element for roofs,
floors and walls. Most frequently it can be seen as beam-like structural element. Due to their high geometrical
slenderness (h/ttot), the stability of CLT elements used as wall-shaped beam over a long span has to be taken into
account. Within this paper, the determination of the torsional stiffness of CLT elements will be discussed and the
verification process for lateral torsional buckling will be demonstrated on that basis according to ÖNORM B 1995-1-1
[3]. Furthermore the derivation of the buckling differential equation is shown and the solutions for different support
conditions are demonstrated. A practical design example will sum up the publication and demonstrate the application of
the derived formulae.
KEYWORDS: CLT, torsional stiffness, stability, lateral torsional buckling, verification

1 INTRODUCTION 123
Besides slender, beam-like structural elements, modern
timber structures are increasingly characterized by the
use of planar CLT panels as load bearing roof, floor or
wall elements. The verification process for out-of-plane
bending of plates (CLT as roof or floor element) or as inplane compression member (CLT as wall element) is
scientifically sufficiently documented and also firmly
established in practical design within the circle of timber
engineers working with CLT.
Very frequently CLT elements are used as beam-like
structure (e. g. lintels or attic-beams) subjected to inplane bending or combined bending and compression
actions. In this case a CLT element can be compared to a
slender timber beam whose lateral torsional stability has
to be verified according to section 6.3.3 of Eurocode 5
[2]. Historically conditioned, the design of CLT is
currently not covered in this standard, but rules are given
for the first time in ÖNORM B 1995-1-1 [3]. On the
basis of material properties and design formulae given,
the lateral torsional stability of CLT elements can be
verified.
To determine the critical bending moment (about the zaxis of a CLT panel) and to derive the relative
slenderness for bending rel,m according to section 6.3.3
of Eurocode 5 [2], the knowledge of the torsional
stiffness GJT and the effective length Lef of the CLT
beam are crucial besides the availability of the other
required cross-sectional properties and material
1
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202, 8842 Teufenbach-Katsch, Austria, harald.krenn@klh.at
2
Thomas Moosbrugger, Rubner Holding AG, Italy,
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constants. The main focus of this paper therefore lies on
the derivation of the torsional stiffness of a CLT beamstrip (chapter 2) and on the incorporation of the
boundary conditions appearing in practice (chapter 4)
because they differ from those given in the current
standards.

Figure 1: Statical system: Definition of buckling length, load
and support situation, axes and deformed shape

2 DETERMINATION OF THE
TORSIONAL STIFFNES OF A
RECTANGULAR CLT BEAM
The torsional stiffness of a rectangular beam cross
section with layered build-up (= CLT) can be derived on
the basis of the torsional stiffness of a laminated plate
that is twisted and laterally restraint along four sides.
2.1 RELATION BETWEEN TORSIONAL
STIFFNESS OF PLATE AND BEAM
Based on a four-sided supported 2D-plate with pure
torsional moment as loading (see Figure 2) along all
faces, the beam-equivalent torsional stiffness of a
geometrically identical CLT plate-strip (see Figure 4)
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can be determined by implementation of the stress
boundary conditions along the faces. By introducing
substitutional forces (F/2 in Figure 3) along the plates
longitudinal faces that result from the torsional moments,
stress-free lateral areas can be realised. This
substitutional force corresponds to a half of the required
restraint force in the plate corners of a plate with lateral
restraints along four sides (corresponding to the wellknown Kirchhoff substitutional force). When these
forces are notionally assigned to the short faces at the
end cross-sections of the beam, no real change in the
position of these forces is required (see Figure 3). This
procedure additionally leads to compliance of the shear
stress duality at the end cross-sections of the beam.

the corner-shifted Kirchhoff substitutional forces [7]. For
isotropic material the twisting moment of inertia (JT) can
be calculated as follows:
𝐽𝑇 = 𝐵 ∙ 𝑡 3⁄3

(1a)

By equating this drill moment with the torsional moment
of inertia of the thin-walled St.-Venant torsion beam, the
relationship between torsional stiffness of a CLT-plate
(Dxy) without gaps and torsional moment of inertia of a
beam (JT) can be derived:
𝐽𝑇 = 𝑓𝐷→𝑇 ∙ 𝐷𝑥𝑦

𝑤𝑖𝑡ℎ

𝐷𝑥𝑦 = 𝐵 ∙ 𝑡 3 ⁄12

(1b)

Taking the torsional moment of inertia JT and the
torsional stiffness of the plate (Dxy) into account, the
factor in question 𝑓𝐷→𝑇 can be derived:
𝐺 ∙ 𝐵 ∙ 𝑡3
𝐽𝑇
(𝐺 ∙ 𝐽𝑇 )𝑏𝑒𝑎𝑚
3
=
=
= 4 (2)
𝑓𝐷→𝑆 =
(𝐺 ∙ 𝐷𝑥𝑦 )𝑝𝑙𝑎𝑡𝑒 𝐵 ∙ 𝐷𝑥𝑦 𝐺 ∙ 𝐵 ∙ 𝑡 3
12
Where G = shear-modulus, JT = torsional moment of
inertia of the beam, Dxy = torsional stiffness of the plate
and B = width of the plate.

Figure 2: Constant distribution of drill moments along the
faces

2.3 DETERMINATION OF THE TORSIONAL
STIFFNESS OF A CLT PLATE
∗
The torsional stiffness 𝐷𝑋𝑌
of a CLT-plate with gaps can
be determined based on SILLY [1] according to ÖNORM
B 1995-1-1 [3] as follows:

∗
𝐷𝑋𝑌

Figure 3: Corner-shifting of Kirchhoff substitutional forces

𝑡𝑡𝑜𝑡 ³
𝑡𝑡𝑜𝑡 3
12
∗
∙
=
𝐺
=
0,05
𝑞𝑑
𝑡
12
1 + 6 ∙ 𝑝𝐷 ∙ ( 𝑚𝑎𝑥 )
𝑎
𝐺0,05 ∙

(3a)

where G0,05 = 5%-value of the shear modulus, ttot = total
depth of the CLT-plate, tmax = maximum depth of a
single layer and a = width of a single board (with a
maximum of 80 mm if no further information is
available). The coefficients pd and qd can be taken from
Table 1:
Table 1: Parameters pd and qd for the determination of the
∗
torsional stiffness 𝐷𝑋𝑌
according to ÖNORM B 1995-1-1 [3]

Parameter
pd
qd
Figure 4: Twisted plate middle-surface and total torsional
moment of the beam-section

2.2 THEORETICAL DERIVATION OF THE
TORSIONAL STIFFNESS WITH ISOTROPIC
MATERIAL
The torsional moment of inertia of an equivalent beam
corresponds to the required torsional moment for unit
torsion. The total resultant beam-equivalent torsional
moment of inertia JT for the particular case of a thinwalled cross-section consequently results as sum of the
cross-sectional integral of the torsional moments at the
faces and the additional contribution of the moment from

a

b

Number of Layers b
3
5
7
0.89
0.67
0.55
1.33
1.26
1.23

Parameters were determined for constant layer thickness
Indicates the total number of layers of the CLT-plate

2.4 DETERMINATION OF THE EQUIVALENT
TORSIONAL MOMENT OF INERTIA
The torsional moment of inertia JT,CLT of the CLT-beam
can be determined according to the following equation:
𝐽𝑇,𝐶𝐿𝑇 =

∗
4 ∙ 𝐷𝑋𝑌
∙𝐵
𝑡𝑡𝑜𝑡
∙ (1 − 0.63 ∙
)
𝐵
𝐺0,05

(3b)

where B = depth of the CLT-beam.
The factor (1 – 0.63 · ttot / B) approximatively takes into
account effects of cross-sectional twisting.
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3 DETERMINATION OF THE
CRITICAL BENDING MOMENT MCRIT
3.1 FREE LATERAL TORSIONAL BUCKLING
(GENERAL CASE)
The critical bending moment Mcr for a rectangular cross
section is generally derived on the basis of a single span
beam with torsional restraints at the supports and
constant bending moment along its axis. The beam has
two axes of symmetry and the load is acting at the centre
of gravity of the cross section and warping at the ends of
the beam is unrestraint.

introduced in equation 4c. Using C for the torsional
stiffness 𝐺 ∙ 𝐽𝑇 and C1 for the warping stiffness 𝐸 ∙
𝐶𝜔 respectively the result is a homogeneous linear ODE
of the 4th order:
𝜕4𝜙 𝐶 𝜕2𝜙
𝑀02
−
∙
+
∙𝜙 =0
𝜕𝑋 4 𝐶1 𝜕𝑋 2 𝐶1 ∙ 𝐸 ∙ 𝐽𝜁

(5a)

By defining the following multipliers, the ODE can be
displayed in compact shape:
𝛼1 =

𝐶
𝑀02
and α2 =
2∙𝐶
𝐶1 ∙ 𝐸 ∙ 𝐽𝜁

(5b)

𝜕4𝜙
𝜕2𝜙
(5c)
−
2
∙
𝛼
∙
+ 𝛼2 ∙ 𝜙 = 0
1
𝜕𝑋 4
𝜕𝑋 2
Note: The coefficient of 2 is introduced to facilitate the
solving of the characteristic polynomial.
3.1.2 Solving by means of exponential approach
The solution can be derived by using the exponential
approach 𝜙 = 𝐴 ∙ 𝑒 𝜆𝑋 and substituting 𝜆̅ = 𝜆2 .
𝜆2̅ − 2 ∙ 𝛼1 ∙ 𝜆̅ − 𝛼2 = 0

(6a)

After conversion of the complex solution parts to real
solutions, the general, real solution of the homogeneous
DE results in the following expression:
𝜙 = 𝐴1 ∙ sin(𝜆2 𝑋) + 𝐴2 ∙ cos(𝜆2 𝑋) + 𝐴3 ∙ 𝑒 𝜆1𝑋 +
𝐴4 ∙ 𝑒 −𝜆1𝑋

Figure 5: Definition of coordinate system and axe

3.1.1 Differential equation of equilibrium for lateral
torsional buckling
Resulting from the equations of moment equilibrium
about the 3 axes including destabilizing forces according
to 2nd order theory and the loading term in form of a
constant bending moment M0 (see Figure 1 and Figure
5), the following 3 equations represent a coupled system
of ordinary differential equations (ODEs):
𝜕2𝑊
𝐸 ∙ 𝐽𝜂 ∙
− 𝑀0 = 0
𝜕𝑋 2
𝐸 ∙ 𝐽𝜁 ∙

𝜕4𝑉 𝜕2𝜙
−
∙ 𝑀0 = 0
𝜕𝑋 4 𝜕𝑋 2

(4a)
(4b)

𝜕2𝜙 𝜕2𝑉
𝜕4𝜙
(4c)
𝐸 ∙ 𝐶𝜔 ∙
−
𝐺
∙
𝐽
∙
+
∙ 𝑀0 = 0
𝑇
𝜕𝑋 2 𝜕𝑋 2
𝜕𝑋 4
M0 represents the constant external bending moment
about the Y-axis, W and V are the displacements in
global coordinates, 𝜙 is the rotation about the global Xaxis (meaning local 𝜉-axis) and 𝜂 and 𝜁 represent the
two axis of the cross section coordinates.
Substituting of displacement V with 𝜙 in equations 4b
leads to equation

𝜕2 𝑉

𝜕𝑋 2

=

𝜕2 𝜙
𝜕𝑋 2

∙

𝑀0

𝐸∙𝐽𝜁

. This result can be

(7)

3.1.3 Determination of constants of integration
The constants of integration are determined in
dependence on the boundary conditions (BC) upon one
mutual parameter; the buckling figure can only be
defined in shape but not its amplitude.
BC for the beam end sections (X = 0 and X = L):
Due to the fork bearing at the supports, the end sections
of the beam cannot rotate but they can warp freely
because there is no axial restraint. Setting X = 0 (starting
section) results in:
𝜙(𝑋 = 0) =

𝜕2𝜙
= 0 → 𝐴2 = 0 and 𝐴4 = −A3 (8a)
𝜕𝑋 2

By substituting the two exponential functions with only
one hyperbolic trigonometric function sinh(𝑋) = 1⁄2 ∙
(𝑒 𝑋 − 𝑒 −𝑋 ), the first of the two conditional equations
can be written to:
𝜙 = 𝐴1 ∙ sin(𝜆2 𝑋) − 2 ∙ A4 ∙ sinh(𝜆1 𝑋)

(8b)

Setting X = L yields the two conditional equations for the
determination of A3 and A4:
𝐴1 ∙ sin(𝜆2 𝐿) − 2 ∙ A4 ∙ sinh(𝜆1 𝐿) = 0

(8c)

𝐴1 ∙ 𝜆22 ∙ 𝑠𝑖𝑛(𝜆2 𝐿) + 2 ∙ 𝐴4 ∙ 𝜆21 ∙ 𝑠𝑖𝑛ℎ(𝜆1 𝐿) = 0

(8d)

The algebraic system of equations can only be solved
non-trivial if the determinant of the matrix coefficients is
set equal to zero, which results in:
sin(𝜆2 𝐿) = 0 → 𝐴2 = 𝐴4 = −A 3 = 0

(9a)
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3.1.4 Determination of the buckling shape
The final equation, to describe the buckling shape in
dependence of the beam’s longitudinal coordinate X and
the integration constant A1, results in:
𝜙 = 𝐴1 ∙ sin(𝜆2 𝑋)

𝐶 𝜋2
𝜋
√𝐸 ∙ 𝐽𝜁 ∙ 𝐶 ∙ (1 + 1 ∙ )
𝐶 𝐿2
𝐿

(11)

3.1.6 Critical bending moment for the thin-walled
rectangular cross section
For a thin-walled rectangular cross section, the warping
flexibility C1 can be set equal to zero and the equation
above can be simplified by applying C = G · JT to the
final well-known result:
𝑀0,𝑐𝑟 =

𝜋
√𝐸 ∙ 𝐽𝜁 ∙ 𝐺 ∙ 𝐽𝑇
𝐿

(12)

3.2 TORSIONAL FLEXIBLE ROTATIONAL
RESTRAINT
If the fork bearings at the supports of the beam are not
fully rigid, a flexible rotational restraint (rotational
spring 𝐾𝜑 ) can be taken into account by one-time
differentiation of Equ. (4c) yielding the following
differential equation:
𝜕2𝜙 𝜕2𝑉
𝜕4𝜙
− 𝐺 ∙ 𝐽𝑇 ∙
+
∙ 𝑀0 + 𝐾𝜑 ∙ 𝜙 = 0
𝐸 ∙ 𝐶𝜔 ∙
4
𝜕𝑋 2 𝜕𝑋 2
𝜕𝑋

(13)

The analogous application of the mathematical
procedures described in 3.1 leads to the solution for the
critical buckling moment for a rotationally flexible
restraint beam.
3.2.1 Freely warping cross section
The critical bending moment results in:
𝑀0,𝑐𝑟 =

𝐶 𝜋 2 𝐾𝜑 𝐿2
𝜋
√𝐸 ∙ 𝐽𝜁 ∙ 𝐶 ∙ (1 + 1 ∙
+
∙ )
𝐶 𝐿2
𝐶 𝜋2
𝐿

(14)

3.2.2 Warp-free cross section
For the thin-walled, warp-free rectangular cross section,
the critical buckling moment can be simplified to the
following expression under application of C = G · JT:
𝑀0,𝑐𝑟 =

𝐿2
𝜋
√𝐸 ∙ 𝐽𝜁 ∙ (𝐶 + 𝐾𝜑 ∙ )
𝜋2
𝐿

(15)

3.3 BOUND AXIS OF ROTATION
In cases where a rotation of the beam about its
longitudinal axis is prevented by elimination of the
deformation V (see Figure 5) in a certain position with
respect to the depth of the beam, ROIK [5] gives the
following relation for the 1st sinusoidal wave:
𝑀0,𝑐𝑟 = 𝐸 ∙ 𝐽𝜁 ∙ (

𝑛𝜋 2 𝑐 𝑓 𝑐
) ∙ ∙( + )
𝐿
2 𝑐 𝑓

𝑐=

(10)

3.1.5 Determination of the critical bending moment
for the fork beard, freely warping beam
The critical bending moment finally results from
resubstituting 𝛼1 and 𝛼2 , setting 𝜆2 = 𝜋⁄𝐿 and
transformation in:
𝑀0,𝑐𝑟 =

Where f represents the distance between axis of rotation
and shear centre and c is given in the following equation:

(16a)

𝐽Ω +

𝐺 ∙ 𝐽𝑇 ∙ 𝐿2
𝐸 ∙ 𝑛2 ∙ 𝜋 2
𝐽𝜁

(16b)

For a rectangular cross section under consideration of a
bound axis of rotation at the lower edge and by
neglecting the warping stiffness 𝐽Ω , the critical buckling
moment is given by the following equation:
𝑀0,𝑐𝑟 = 𝐸𝐽𝜁 ∙ (

𝑛𝜋 2
1
𝐺𝐽𝑇
𝐿 2
) ∙ℎ∙( +
∙
(
) ) (16c)
𝐿
4 𝐸𝐽𝜁 ∙ ℎ2 𝑛𝜋

The flexible rotational axis can be taken into account by
extending Equ. (16b), which finally results in the
following equation:
𝑀0,𝑐𝑟 = (

𝐿 2 𝐾𝜑
𝑛𝜋 2 𝐸𝐽𝜁 ∙ ℎ 𝐺𝐽𝑇
) ∙
+
+( ) ∙
ℎ
4
𝑛𝜋
𝐿
ℎ

(17)

This equation is identical to the one presented by
KINDMANN [4] for I-sections, when his result is adopted
for a rectangular cross section with negligence of the
warping stiffness.
3.4 DETERMINATION OF THE BUCKLING
FACTOR KCRIT FOR A CLT-BEAM
The critical bending moment Mz,crit about the z-axis and
the relative slenderness for bending rel,m can be
determined according to ÖNORM B 1995-1-1 [3]:
𝑀𝑧,𝑐𝑟𝑖𝑡 =

𝜋
√𝐸0,05 ∙ 𝐺0,05 ∙ 𝐽𝑛𝑒𝑡,𝑦 ∙ 𝐽𝑇,𝐶𝐿𝑇
𝐿𝑒𝑓

(18)

where Lef = effective length of the beam, depending on
the support and boundary conditions, E0,05 = 5%-value of
the shear modulus and Jnet,y = net-value of the moment of
inertia about the y-axis of the plate.
𝜆𝑟𝑒𝑙,𝑚 = √

𝑀𝑧,𝑅𝑘
𝑀𝑧,𝑐𝑟𝑖𝑡

(19)

where Mz,Rk = characteristic bending moment of
resistance about the z-axis of the plate.
Note: The definition of axes in ÖNORM B 1995-1-1 [3]
differs from the notation used in the derivation in the
previous chapters. The axes for CLT are always as
follows:
 X: direction parallel to the cover layer
 Y: direction perpendicular to the cover layer
 Z: direction perpendicular to the surface
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3.5 GRAPHICAL REPRESENTATION AND
SUMMARY
The following charts demonstrate the influence of the
boundary conditions and bound axis of rotation on the
buckling factor kcrit (theoretical Euler Hyperbola). Within
Figure 6 the relative slenderness factors 𝜆𝑟𝑒𝑙,𝑚 for the
multi-layered cross section, see chapter 4 are shown, the
red line indicates the limiting curve for the reference
case according to EN 1995-1-1 [2] with constant bending
moment and fork bearings.

Curves a) to c) in Figure 6 show the influence of:
a) Torsional flexible restraint at the supports (3.2)
for different values of the rotational spring 𝐾𝜑
b) Bound axis of rotation with clamping in
different positions with respect to the cross
sectional depth h
c) A combination of a) and b) with a fixation of
the beam the bottom
The black dashed horizontal lines in Figure 6 mark the
bounds of the three typical formal areas of 𝑘𝑐𝑟𝑖𝑡
according to EN 1995-1-1 [2] (Egu. 6.34).

𝑘𝑐𝑟𝑖𝑡

1
1,56
−
0,75
∙ 𝜆𝑟𝑒𝑙,𝑚,
={
1⁄𝜆𝑟𝑒𝑙,𝑚 2

𝜆𝑟𝑒𝑙,𝑚 ≤ 0,75
0,75 < 𝜆𝑟𝑒𝑙,𝑚 ≤ 1,4
1,4 < 𝜆𝑟𝑒𝑙,𝑚

(20)

4 DESIGN EXAMPLE ACCORDING TO
[2] AND [3]
4.1 INTRODUCTION
In this chapter, the application of the derived formulae
will be demonstrated for a practical design example (see
Figure 7) in the ULS. The influence of the boundary
conditions of the loaded side of the beam will be taken
into account according to the derivations in the previous
chapter. SLS shall not be considered explicitly.

Figure 7: CLT-plate as beam – built example

The CLT-beam shown in the photograph (Figure 7) is
acting as structural element to support the CLT-floor
slab underneath. It acts as a single span beam with a
clearance of about 8.50 m and the lateral restraint at the
supports is provided by a quasi-stiff cross-wall at one
end and an elastic beam (CLT-beam in secondary
direction) at the other end.
4.2 ASSUMPTIONS AND DEFINITIONS

Figure 6: Influence of boundary conditions on the relative
slenderness 𝝀𝒓𝒆𝒍,𝒎

4.2.1 Statical model and dimensions
The simplified statical model is shown in Figure 8,
whereby the lateral restraint situation is simplified with
supports at both ends of the beam. The loading situation
in reality is more complex than in the statical system
which shows loading at the compression edge of the
beam (unfavourable situation according to [2]).
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5

𝐸0,𝐶𝐿𝑇,05 = 6 ∙ 11500 = 𝟗𝟔𝟐𝟓 𝑵/𝒎𝒎²
5

𝐺0,𝐶𝐿𝑇,05 = 6 ∙ 690 = 𝟓𝟕𝟓 𝑵/𝒎𝒎²

4.2.3 Internal Forces – loading situation
From the clear span of 8.50 m and a design lateral force
(dead load and live load of load category B) of
7.85 kN/m the internal forces of the CLT-beam can be
determined to Md = 70.90 kNm and Vd = 33.36 kN.
Figure 8: CLT-plate as beam – statical system and cross
section DL.H (3 horizontal layers)

4.2.4 Cross sectional properties
The required cross sectional properties for the following
calculations shall be given as summary:

To account for the situation in reality, where the CLTbeam is laterally supported at the lower edge by the slab
beneath it, the formulae given by KINDMANN ET AL [4]
for a beam with a bound axis of rotation (see middle of
Figure 9) will be used to show the difference to a freely
deformable beam (compare Figure 1). The dimensions of
the CLT-beam are given in Table 2.

𝐴𝑋,𝑛𝑒𝑡 = ∑ 𝑡𝑋 ∙ 𝐵2 = 3 ∙ 20 ∙ 975 = 𝟓. 𝟖𝟓𝟎 ∙ 𝟏𝟎𝟒 𝒎𝒎𝟐
𝐴𝑌,𝑛𝑒𝑡 = ∑ 𝑡𝑌 ∙ 𝐵2 = 2 ∙ 20 ∙ 975 = 𝟑. 𝟗𝟎𝟎 ∙ 𝟏𝟎𝟒 𝒎𝒎𝟐
𝑊𝑍,𝑛𝑒𝑡 =
𝐽𝑌,𝑛𝑒𝑡 =

Figure 9: Boundary conditions for determination of the critical
bending moment

4.2.2 Material properties
The material properties used for the calculations within
this section are determined according to “Annex K –
Cross Laminated Timber” of ÖNORM B 1995-1-1 [3]
and given in the subsequent table.
Table 2: Material properties and cross sectional properties for
all following calculations

material property
MOE
G-Modulus
bending strength
shear strength

value
11500
690
24
5.0
2.5
1.25
M
kmod
0.80
1.06
ksys
L
8500
Ed
7.85
B
975
ti
20
ttot
100
a
80

E0,lay,mean
G0,lay,mean
fm,lay,k
fv,0,lay,k
ftor,lay,k

partial factor
modification factor
system strength factor
span
design lateral force
beam depth
single layer thickness
total thickness
board width a)
a)
according to K.3.2 of [3]

N/mm²
N/mm²
N/mm²
N/mm²
N/mm²
mm
kN/m
mm
mm
mm
mm

The 5%-values of the stiffness properties E and G can be
calculated according to footnote e of Table K.3 in [3] as
follows:

∑ 𝑡 ∙ 𝐵2 3 ∙ 20 ∙ 9752
=
= 𝟗. 𝟓𝟎𝟔 ∙ 𝟏𝟎𝟔 𝒎𝒎𝟑
6
6

𝐵 ∙ ((5𝑡𝑖 )3 − (3𝑡𝑖 )3 + 𝑡𝑖 3 )
= 𝟔. 𝟒𝟑𝟓 ∙ 𝟏𝟎𝟕 𝒎𝒎𝟒
12

The characteristic capacity for bending of the CLT-beam
about the Z-axis can be determined by application of the
following equation with the characteristic bending
strength fm,k for the net cross-section. FLAIG [6]
performed simulations as well as a number of tests with
CLT-beams to identify the influence of the
inhomogeneous cross section on the bending behaviour.
His findings support the current practice that it is
justified to use the bending strength for CLT acting as
beam instead of using a combined tension and moment
failure criterion as it is common for other
inhomogeneous cross sections.
𝑀𝑍,𝑅𝑘 = 𝑊𝑍,𝑛𝑒𝑡 ∙ 𝑓𝑚,𝑘 ∙ 𝑘𝑠𝑦𝑠 = 9.506 ∙ 106 ∙ 24 ∙ 1.06
= 𝟐𝟒𝟏. 𝟖𝟒 𝒌𝑵𝒎
4.3 TORSIONAL STIFFNESS OF CLT-BEAM
∗
The values for the torsional stiffness 𝐷𝑋𝑌
and the
torsional moment of inertia JT,CLT will be determined
according to Equ. (2) and (3) taking into account a board
width of 80 mm. This value shall be applied if more
detailed information about the board geometry in the
CLT panel is available. Anyway it is recommended to
use this value since a cracking of the boards is inevitable
even if the boards originally were wider.

∗
𝐷𝑋𝑌

100³
12
=
= 𝟐. 𝟖𝟏𝟕 ∙ 𝟏𝟎𝟕 𝑵𝒎𝒎
20 1.26
1 + 6 ∙ 0.67 ∙ ( )
80

𝐽𝑇,𝐶𝐿𝑇 =

575 ∙

4 ∙ 2.817 ∙ 107 ∙ 975
100
∙ (1 − 0.63 ∙
)
575
975
= 𝟏. 𝟕𝟖𝟕 ∙ 𝟏𝟎𝟖 𝒎𝒎𝟒
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4.4 CRITICAL BENDING MOMENT
The critical bending moment Mcrit will be determined for
two different situations and based on the derivations in
the previous chapter:
1. Free axis of rotation (base for theory in [2])
2. Bound axis of rotation (reality for example)

4.6.1 Free axis of rotation
For a free axis of rotation the buckling factor results to:

The effective buckling length Lef shall be determined
according to Table 6.1 of EN 1995-1-1 [2] taking into
account the type of loading (UDL) and the load
introduction (bottom edge):

4.6.2 Bound axis of rotation
If the lower edge of the CLT-beam is laterally restraint,
the buckling factor is more favourable and will result to:

𝐿𝑒𝑓 = 0.9 ∙ 8500 − 0.5 ∙ 975 = 𝟕𝟏𝟔𝟑 𝒎𝒎
4.4.1 Free axis of rotation: EN 1995-1-1 [2]
The critical bending moment according to EN 1995-1-1
[2] will be determined as follows:
𝑀𝑐𝑟𝑖𝑡 =

𝜋
√9625 ∙ 6.435 ∙ 107 ∙ 575 ∙ 1.787 ∙ 108
7163
= 1.107 ∙ 108 𝑁𝑚𝑚 = 𝟏𝟏𝟎. 𝟕𝟎 𝒌𝑵𝒎

4.4.2 Bound axis of rotation (g.DA = B.A.)
The critical bending moment for a bound axis of rotation
(g.DA) can be calculated according to Equ. (17) by
neglecting the rotational spring 𝐾𝜑 and evaluation the
equation only for the 1st sinusoidal wave (setting n equal
to 1).
1 ∙ 𝜋 2 9625 ∙ 6.435 ∙ 107 ∙ 975
𝑀𝑐𝑟𝑖𝑡,𝑔.𝐷𝐴 = (
) ∙
7163
4
+

575 ∙ 1.787 ∙ 108
= 1.345 ∙ 108 𝑁𝑚𝑚
975

= 𝟏𝟑𝟒. 𝟓𝟎 𝒌𝑵𝒎
4.5 RELATIVE SLENDERNESS
The next step is the calculation of the relative
slenderness factor 𝜆𝑟𝑒𝑙,𝑚 for the two cases in
consideration according to Equ. (19).
4.5.1 Free axis of rotation: EN 1995-1-1 [2]
The relative slenderness of the CLT-beam with no
rotational restraints is calculated to:
𝜆𝑟𝑒𝑙,𝑚

241.84
𝑀𝑍,𝑅𝑘
=√
= 𝟏. 𝟒𝟕𝟖
=√
110.70
𝑀𝑐𝑟𝑖𝑡

4.5.2 Bound axis of rotation (g.DA = B.A.)
For a bound axis of rotation, the relative slenderness
𝜆𝑟𝑒𝑙,𝑚,𝑔.𝐷𝐴 results in:
𝜆𝑟𝑒𝑙,𝑚,𝑔.𝐷𝐴 = √

𝑀𝑍,𝑅𝑘
241.84
=√
= 𝟏. 𝟑𝟒𝟏
𝑀𝑐𝑟𝑖𝑡,𝑔.𝐷𝐴
134.50

4.6 BUCKLING FACTOR kcrit
The final step in the calculation is the determination of
the buckling factor kcrit according to expression (6.34) of
EN 1995-1-1 [2].

𝑘𝑐𝑟𝑖𝑡 =

1
1
=
= 𝟎, 𝟒𝟓𝟖
𝜆2𝑟𝑒𝑙,𝑚 1.478

𝑘𝑐𝑟𝑖𝑡 = 1,56 − 0,75 ∙ 𝜆𝑟𝑒𝑙,𝑚,𝑔.𝐷𝐴 = 1,56 − 0,75 ∙ 1,303
= 𝟎, 𝟓𝟓𝟒
4.7 ULS-VERIFICATION
Subsequently to the determination of the buckling factor
and the relevant cross sectional properties, the
verification can be conducted. For a live load of the load
category B with the load duration class “medium”, the
modification factor kmod is given with 0.80 in Table 3.1
of [2]. The partial safety factor M for cross laminated
timber is set to M = 1.25 according to K.2.3 of [3].
4.7.1 Bending
The verification of lateral torsional stability is performed
according to 6.3.3 of EN 1995-1-1 [2] for the two above
described cases:
𝜂𝑀,𝑐𝑟𝑖𝑡 =

70.90
𝑀𝑑
=
241.84 ∙ 0.80
𝑀𝑧,𝑅𝑘 ∙ 𝑘𝑚𝑜𝑑
∙ 0.458
∙ 𝑘𝑐𝑟𝑖𝑡
1.25
𝛾𝑀
= 𝟏. 𝟎𝟎 ≤ 𝟏. 𝟎𝟎

𝜂𝑀,𝑐𝑟𝑖𝑡,𝑔.𝐷𝐴 =

𝑀𝑑

=

𝑀𝑧,𝑅𝑘 ∙ 𝑘𝑚𝑜𝑑

70.90
241.84 ∙ 0.80

∙ 0.554
∙ 𝑘𝑐𝑟𝑖𝑡
1.25
𝛾𝑀
= 𝟎. 𝟖𝟑 ≤ 𝟏. 𝟎𝟎
In both cases, the utilisation ration  is equal or less than
unity and the requirements with respect to bending and
stability in particular can be seen as fulfilled.
The difference between a free axis of rotation and a
lateral restraint lower beam-edge accounts to 17% for the
current geometrical situation. For larger spans (more
instability), the positive influence of a bound axis of
rotation is of growing importance.
4.7.2 Shear
The verification of the shear stresses in the gluing
interfaces of CLT is performed according to the rules
given in K.6.1.6 of [3] which consists of two different
shear failure mechanisms:
1. Shear stress V,0,d in the net cross section of the
boards in load direction (X-direction for the
current example)
2. Torsional shear stress tor,d in the gluing
interfaces between adjacent layers

𝜏𝑉,0,𝑑 =

3
∙
2

𝑉𝑑

𝐴𝑋,𝑛𝑒𝑡

min {𝐴

𝑌,𝑛𝑒𝑡

=

3
33.36 ∙ 103
∙
2 min { 5.850 ∙ 104

𝟑. 𝟗𝟎𝟎 ∙ 𝟏𝟎𝟒

= 𝟏. 𝟐𝟖 𝑵/𝒎𝒎²
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𝜏𝑡𝑜𝑟,𝑑 =

3 ∙ 𝜏𝑉,0,𝑑 ∙ 𝑡𝑚𝑎𝑥
𝑎

=

3 ∙ 1.28 ∙ 20
80

= 𝟎. 𝟗𝟔 𝑵/𝒎𝒎²

The specific ratios of utilisation for the two mechanisms
result to:
𝜂𝑉,1 =

1.28
𝜏𝑉,0,𝑑
∙=
= 𝟎. 𝟒𝟎 ≤ 𝟏. 𝟎𝟎
0.80
𝑘
5.00 ∙
𝑓𝑣,0,𝑙𝑎𝑦,𝑘 ∙ 𝑚𝑜𝑑
1.25
𝛾𝑀

𝜂𝑉,2 =

𝜏𝑡𝑜𝑟,𝑑
0.96
∙=
= 𝟎. 𝟔𝟎 ≤ 𝟏. 𝟎𝟎
0.80
𝑘𝑚𝑜𝑑
2.50 ∙
𝑓𝑡𝑜𝑟,𝑙𝑎𝑦,𝑘 ∙
1.25
𝛾𝑀

In both cases, the requirement of a utilisation ration
equal or less to unity can be fulfilled whereby the
influence of the board width a can be identified as the
primary influencing factor. A larger board width (which
can be seen in practice in the production of CLT panels,
where a value of at least 200 mm is very common) leads
to a smaller utilisation. But this can be irritating as the
real board width within the built structure considerably
reduces due to shrinkage induced cracks for example. So
it is of importance to use the recommended value of
80 mm from [3].
4.8 COMPARISON OF DIFFERENT RESTRAINT
SITUATIONS
The following table gives a summary of the influence of
multiple different support situations like bound axis of
rotation or a torsional flexible restraint as well as the
position of the load introduction on the critical buckling
moment and subsequently on the capacity of the CLTbeam. The dimensions and material properties were
taken from Table 2. The following cases are described
and represent:
1. (red) the reference case with a free axis of
rotation and load introduction at the bottom of the
beam
2. case 1 with loading at the top of the beam
3. (green) the results of the beam with a bound axis
of rotation with loading at the bottom of the beam
4. case 3 with loading at the top of the beam
5. the bound axis of rotation plus rotational spring
and loading at the top of the beam
6. case 5 with loading at the top of the beam

Table 3: Comparison and overview of different support
situations and their influence on the capacity of the beam

case
1
2
3
4
5
6
bound axis
no
yes
of rotation
rotational
no
105 Nmm/rad
spring
load intr.
b
t
b
t
b
t
position a)
Mcrit 250 155 250 175 417 425 kNm
Mcrit/Mcrit,ref 1.00 0.62 1.00 0.70 1.67 1.70 [-]
kNm
241.84
MZ,Rk

rel,m 1.48
kcrit 0.46

a)

M 100
V

1.71
0.40
134

b … bottom of the beam
t … top of the beam

1.34 1.41
0.55 0.50
91
83
40 / 60

0.83
0.94
49

0.82 [-]
0.94 [-]
49 %
%

5 SUMMARY
Within this paper the applicability of available normative
rules for verification of cross laminated timber (CLT)
beams subjected to lateral torsional buckling has been
described. In the beginning, the torsional stiffness and
the torsional moment of inertia for CLT elements were
derived based on the Kirchhoff plate theory.
Due to the fact that CLT-beams subjected to lateral
torsional buckling are laterally restraint at one edge (in
common the lower edge), the influence of a bound axis
of rotation on the critical bending moment was
investigated and the theoretical formulae were derived.
In the final part of the paper the application of these
equations was demonstrated by means of a practical
example and the required verifications were carried out
for the ultimate limit states (ULS) according to the
applicable standards EN 1995-1-1 [2] and ÖNORM B
1995-1-1 [3].
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HOLES IN GLULAM – ORIENTATION AND DESIGN OF INTERNAL
REINFORCEMENTS
Cristóbal Tapia1, Simon Aicher2
ABSTRACT: The usage of holes in glulam and LVL beams is a common practice in timber constructions and requires
in many cases the application of reinforcement. At present, Eurocode 5 does not contain design rules for holes, nor for
their reinforcement, which are, however, regulated in the German National Annex to EC5. Although it has been proven
that internal rod-like reinforcements improve the shear force capacity of a beam with holes, several problems still remain, particularly the inability to successfully reduce peak stresses at the periphery of the hole, especially shear stresses.
Inclined internal steel rod reinforcements were studied and compared with vertically oriented rods, which is currently
the only regulated application. The analysis revealed a reduction of both perpendicular to grain tensile stresses and
shear stresses, which for the case of vertical rods are not reduced at all. A first attempt at the design of such inclined
reinforcements was made by deriving an equation based on the results from FEM simulations. The design approach was
then applied to an example case. Experimental verification of the theoretical observations is still necessary and ongoing,
though a very promising approach for an improved internal reinforcement and its respective design can already be observed.
KEYWORDS: glulam, holes, internal reinforcements, design equations, Eurocode 5

1 INTRODUCTION 123
The use of large holes in beams made of glulam (GLT)
or laminated veneer lumber (LVL) is often necessary in
constructions, as they are required for the passingthrough of plumbing, electrical and other service relevant infrastructure systems. These apertures represent a
significantly weak region in the beam, leading to noticeable decreases in maximum loading capacities.
The failure mechanism is well known and is manifested
by the propagation of cracks in the direction of the grain
and beam length axis, starting from two zones with high
tensile stresses perpendicular to the grain located diagonally opposite on the periphery of the hole, as shown in
Figure 1.
The European Timber Design Code, EN 1995-1-1 [1]
also known as EC5, contains no provisions for either
unreinforced or reinforced holes. The current version of
the German National Annex to EC5 [2] regulates external plate-type hole reinforcements, as well as the usage
of internal, rod-like reinforcements to improve the mechanical response of the glulam/LVL in the region surrounding a given aperture. The internal reinforcements
are normally preferred to external, plate-like ones, since,
from a feasibility standpoint, they are easily applied with
rather low cost, and from an architectural/aesthetics
standpoint, they are invisible, as they are embedded in
1

Cristóbal Tapia Camú, MPA University of Stuttgart, Germany, cristobal.tapia-camu@mpa.uni-stuttgart.de
2
Simon Aicher, MPA University of Stuttgart, Germany, simon.aicher@mpa.uni-stuttgart.de

the glulam/LVL beam. The positive effect of internal rod
reinforcements on ultimate load of a beam with a hole
has been proven both experimentally and by means of
computer simulations in [3]. In this study some downsides to internal rod reinforcements were seen, the most
important of which being the inability of this kind of
reinforcement to reduce the shear stresses at the critical
regions where cracks are expected to occur [3]. Further,
such shear stresses were found to be of great relevance
for the long-term crack growth in the vicinity of the hole.
The use of inclined rod-like internal reinforcements was
experimentally studied in [4] for rectangular holes,
where a clear improvement in load bearing capacity was
observed. This was explained as an increased stiffness of
the beam on the region of the hole, which leads to a
reduction in the shear stresses at the periphery of the
hole. Further results of this promising approach could
not be found in literature.

2 DESIGN OF HOLE REINFORCEMENT ACCORDING TO GERMAN
NATIONAL ANNEX TO EN 1995-1-1
The present design of hole reinforcements according to
DIN EN 1995-1-1/NA [2] is based, analogously to the
verification of unreinforced holes, on a fictive tensile
force, , , composed of two additive parts: one accounting for the shear force part, which cannot be transferred in the hole area, and a second part related to the
moment present in the cross-section:
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forced holes for which self-tapping screws and glued-in
rods (applied perpendicular to beam axis) were used,
showed that the reinforced beams did not fully reach the
load capacities predicted by the approach currently used
in [2]. It was shown that on average the ultimate shear
force reached was 40% lower as compared to the ultimate share force of the full cross section.

Figure 1: Distribution of stresses perpendicular to the grain
in the vicinity of a hole in a glulam beam, in a zone subjected
to shear force and moment

,

,

⋅
4⋅

,

,

(1)

,

(2)

3

0.008 ⋅

.

(3)

The shear force part, , , conforms sensibly to half of
the integral of the parabolically distributed shear stresses
along the full hole depth (rectangular hole) or 0.7 times
of the hole depth for the case of the round holes regarded
here. The moment related part, , , is in contrast rather
diffuse and needs amendment, as discussed previously in
[5]. The dimensional notation of reinforced holes according to [2] is shown in Figure 2.

3 VERIFICATION OF REINFORCEMENTS BY TEST RESULTS
In a brief summary of previous investigations reported in
[3] the following issues are noteworthy. Although the
study was limited to glulam beams with a depth of
450 mm (beam width = 120 mm) and a hole diameter to
beam depth ratio, / , of 0.4, exceeding the currently
allowed limits for screwed reinforcements [2], the test
indicates an improvement in the load bearing capacity
due to internal reinforcements with vertical rods. Test
series comparing beams with unreinforced and rein-

Figure 2: Dimensional notations of reinforced round holes
according to [2]

4 STRESS DISTRIBUTIONS AT HOLES
WITH INCLINED ROD REINFORCEMENTS
4.1 FINITE ELEMENT MODEL
Using the Finite Element Method (FEM) a parametric
model of a beam with a hole and inclined internal reinforcements was created, for which the software Abaqus
2016 was employed. The elements chosen for the glulam
were linear 3-dimensional hexagonal elements with
reduced integration (C3D8R). The rods were also modeled as 3-dimensional continua using the same elements
as used for the glulam. The interaction on the interface
of both materials (glulam and reinforcements) was described by means of so-called “Tie constraints”, applied
to the respective surface pairs in contact, except for the
end face of the rods, as the force should only be transferred by the side areas of the rods (modeled as cylinders). The employed material properties of the glulam
(built up homogeneously, exclusively from one lamination strength class) corresponded to strength class
GL32h according to EN 14080 [6] and are summarized
in Table 1, along with the properties used for the steel
rods.
The dimensions of the glulam beam modeled in the parametric study are shown in Figure 3a.The hole was
placed centrally between the support and the point of
load application, in the constant shear area, with a shear
force to moment ratio V/M = 1.03. Although the FEM
model was designed parametrically, for this study only a
/
0.3 was used. The diameter, length and
ratio
inclination of the rod are free parameters. Symmetry was
applied on two planes, the first one at mid-span, on the
plane containing the cross-section (ZY-plane) and the
second one located at mid-width (z=0), on the vertical
plane cutting the beam in the longitudinal direction (XYplane). The rotation points of the reinforcements with
different inclinations β vs. the vertical axis (Figure 3b)
were defined to be at the intersection of a vertical line
located at a horizontal distance from the hole edge of 2.5
times the diameter of the rod, dr, and a horizontal line
starting at the periphery of the hole, at an angle of
φ = 45° (+180°, accordingly) with respect to the horizontal direction (see Figure 3). The reasoning behind the
choice of the specific rotation points, is that the maximum stresses perpendicular to the grain (σy) are expected to occur under an angle φ ≈ 45° (+180°), which
also defines the most probable/empirically verified crack
surface. The stresses observed on this surface are used
for comparison of the effect of the different inclinations
β. With regard to the above, it is therefore desirable to
maintain the distance between the hole periphery and rod
axis constant, by rotating the rod around the specified
rotation point.
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Table 1: Material properties used for the glulam and the steel rods in the FEM model
Material
GL32h
Steel

E(x)
N/mm2
13000
210000

Ey
N/mm2
430
̶

Ez
N/mm2
430
̶

υ(xy)
N/mm2
0.02
0.3

(a)

υxz
N/mm2
0.02
̶

υyz
N/mm2
0.2
̶

Gxy
N/mm2
810
̶

Gxz
N/mm2
810
̶

Gyz
N/mm2
81
̶

show the tensile stresses perpendicular to the grain in
plane 2 of the glulam with reinforcements inclined by
angles β = 0°, i.e. vertically oriented bars, and β = 45°,
respectively, compared to the case where no reinforcement is used. A marked reduction of the tensile stresses
perpendicular to the grain can be observed along the
length and width directions of plane 2 for the situation
where the rod is rotated by 45°, shown in Figure 5b, as
compared to Figure 5a, depicting the stress situation for
the vertically placed internal reinforcements. For the
case of the vertical rods, stresses σy directly at the periphery of the hole (Figure 5a) are reduced only slightly
between 5% at ± w/2 and 14% at mid-width with respect
to the unreinforced case. In contrast, the stresses σy at the
same locations are reduced by 28% and 40%, respectively, in case of the inclined rods (β = 45°). Furthermore the
σy stress reduction is far more uniform as for the case
with vertical rods.
Regarding the effect on shear stresses, as expected, the
inclined rods resulted in throughout plane 2 a significant

(b)
Figure 3: (a) Dimensions of the glulam beam and hole used
for the FEM simulations; (b) positioning and orientation of
internal reinforcements, and notations of the different dimensions used.

The mesh size on the perimeter of the hole was chosen to
be around 2 mm and increases slightly (to 3 mm) on the
region surrounding the rod. Along the direction of the
beam width, the elements had a length of 5 mm. Figure
4a depicts the meshing at the vicinity of the hole for
reinforcements with inclination angle β = 45°.
The damaged situation, in which a crack has spread
horizontally along planes 1 and 2 accordingly (see Figure 3b), starting from the periphery of the hole, was
modeled using the Extended Finite Element Method
(XFEM). Accordingly, an unmeshed surface was placed
in the position of the expected crack location up to the
rod axis, which automatically cuts the enriched elements
it intersects. Note: no crack growth was considered in
this specific analysis, but only the effect of one fully
developed crack on the stresses and rod forces was regarded. This means that no considerations regarding
fracture mechanics were taken.

(a)

4.2 STRESSES IN THE UNDAMAGED GLULAM
The effect of different angles of the rods was analyzed in
a parametric study. Stresses perpendicular to the grain
direction (σy) along with shear stresses (τxy) were evaluated on the mentioned planes 1 and 2, where highly
elevated stresses at the hole vicinity occur. In the following, exemplary results for a rod diameter of dr = 18 mm,
lengths ℓrb = 200 mm and cross-sectional width
w = 120 mm are discussed. Figure 5a and Figure 5b

(b)
Figure 4: (a) Discretization of the FEM model in the vicinity
of the hole and location of internal reinforcements and crack
planes; (b) Stresses perpendicular to grain obtained with the
FEM model for a rod diameter of dr=18 mm and an inclination β = 45°

WCTE 2016 e-book | 4375

(a)

(b)

reduction of 30% to 40% vs. the unreinforced state as
shown in Figure 5d. Conversely, the vertical rods are
almost ineffective (reductions of 5% to 14% between
hole periphery and rod), and even lead to shear stress
increase, when regarding locations beyond the distance
between hole and rod (Figure 5c).
Observing these results, it could be concluded that the
internal reinforcement has effectively taken up about
34% of the shear force responsible for the stresses on the
analyzed region. This percentage was calculated as the
mean of the previously given values, obtained at the
borders and mid-width of the glulam. For the region
located on plane 1, the reduction of the shear force in the
glulam is even higher, reaching approximately 47%. At
this point it has to be noted that these values are not
calculated on the basis of the maximum stresses at the
periphery of the hole, but rather from the values obtained
at φ = 45°. When considering the maximum stresses
perpendicular to the grain (not necessarily lying at the
position φ = 45°) it becomes evident that for the upper
right region of the hole this value still holds, but for the
opposite region (lower left sector of the hole) the shear
force is reduced by about 35%, almost the same as what
is obtained on plane 2, which makes both sides consistent with each other. The difference is due to the fact
that for the case of plane 2 the position of the maximum
stresses is very close to φ = 45°, whereas for plane 1 the
location of maximum stresses lays under an angle clearly
above 45°, which is what normally occurs around holes
under these loading conditions [7].
4.3 STRESSES IN THE DAMAGED GLULAM

(c)

The redistribution of the analyzed stresses, σy and τxy, in
the damaged situation, induced by the horizontal crack in
planes 1 and 2 (see Figure 3b), is depicted in Figure 6a
and Figure 6b. Each figure compares the results obtained
for the glulam with rod inclinations of β = 0° and
β = 45°. It can be observed that the stresses perpendicular to the grain in Figure 6a are successfully reduced by
the presence of the vertical rod, but still show a small
peak at the crack tip, while for the inclined reinforcement the stresses are further reduced to a significant
degree. In case of the shear stresses (Figure 6b) it can be
seen that they suffered absolutely no change in the region preceding the reinforcement, having practically the
same values as observed in the situation without crack in
Figure 5c. It is interesting to see that in the case of the
inclined rod, the shear stresses maintain a level only
slightly higher as in the undamaged situation, which
shows that the length of the crack has apparently no
effect on the shear stresses.
4.4 FORCES ALONG REINFORCEMENTS

(d)
Figure 5: Comparison of stress distributions on plane 2 (see
Figure 3) between the unreinforced situation and glulam reinforced with internal rods at inclinations of β = 0° and β = 45°.
Figs. (a) and (b) show stresses perpendicular to grain and
Figs. (c) and (d) represent the shear stresses.

It has been shown that an effective reduction of the
stresses σy and τxy is achieved if the internal reinforcement is rotated by 45°. In the following, the axial forces
in the reinforcements, for the cases previously illustrated, will be presented and discussed, which will later help
in the derivation of a design rule for the rod reinforcements.
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(a)
(b)
Figure 8: Axial forces along the rod reinforcements for inclinations β between 0° and 45° in steps of 5°, for a rod of diameter dr = 18 mm.

(a)

(b)
Figure 6: Comparison of stress distributions in plane 2 (see
Figure 3), with a fully developed crack from the hole periphery
to the center of the rod, with rods inclined by β = 0° and
β = 45° ; (a) shows the stresses perpendicular to grain and (b)
depicts the shear stresses.

(a)

(b)

(c)
Figure 7: Axial forces along the rod reinforcements under
inclinations β of 45°. Fig. (a) and (b) show the results for the
reinforcement No. 1 and 2, respectively (the left and right
reinforcement in (c)).

Figures 7a and 7b show the axial forces for the left and
right rods in Figure 8c for inclination angles β = 0° and
β = 45°. It can be clearly noticed that the axial forces of
the inclined reinforcements are significantly higher than
in the case of the vertical rods. The maximum forces of
the inclined rods are about five and four times (left and
right rod, respectively) higher as compared to maximum
values of the vertically placed rods. For rod 1, it can be
observed that the maximum value of the rod axial force
does not lay as close to y1 = 0 as in the case of the rod 2,
which is due to the mentioned fact, that the maximum
vertical tensile stresses in the stress region 1 (see Figure
1) are located an angle φ larger than 45°. Apart from the
highly increased tensile force level in the inclined rods,
the second most important fact to state is related to the
force distribution along the rods. In the case of the inclined rods, the force is throughout a tensile one, which
increases rather parabolically from the rod ends to the
maximum value occurring very roughly at y1,2 ≈ 0. This
force evolution is very different from the force distribution observed in vertical rods, where a sign change from
tensile to compressive force always occurs. Note: The
vertical rods exhibit a tensile force throughout the total
tensile perpendicular to grain stress regions 1 and 2 but
change to compression in the above (rod 1) and below
(rod 2) located compression perpendicular to grain region (compare Figure 1).
The location of the maximum value of the axial force
should indicate, more or less, the vertical position at
which the respective crack will initiate and later propagate. In the presented analysis, however, the cracks at
both sides of the hole are placed at φ = 45° (planes 1
and 2) for the reasons mentioned in Section 4.1. Figures
7a and 7b also show the forces for the damaged case
with β = 45°, where a moderate increase, with peaks on
the crack locations, can be observed.
The evolution of the distribution of axial forces along the
rods with increasing inclination angle β can be seen in
Figures 8a and 8b. It is interesting to notice that for inclinations greater than 10°, no compressive forces are
observed in the reinforcement any longer. This effect is
due to the fact that with increasing angles the rod no
longer crosses the zone with compressive stresses perpendicular to the grain as is shown in Figure 1. Another
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(c)
Figure 9: (a) and (b) illustrate the increase of the projected
area of the rod into the crack plane; (c) Design concept for the
inclined internal reinforcements

⋅ sin

√

1
⋅
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⋅

,

(4)

Based on these observations the below given equation
was derived and calibrated with preliminary FEM results:
•
, : is the integral of the shear force between
the end of the rod and the crack plane, as described in Figure 9c (green area),

,

•

aspect worth mentioning is the clear effect of the bending stresses (tensile and compressive) that can be observed, when comparing the rods 1 and 2. While the
axial forces in the rod 1 for y1 > 0 get noticeably larger
with each angle increment, the contrary seems to happen
in rod 2, where the axial forces are being restrained, and
pulled to the compression zone at the end of the rod.

•

5 DESIGN MODEL AND DETAILING
FOR INCLINED ROD REINFORCEMENTS

•
•

A design equation that enables a good assessment of the
axial force in the rods should take into account the behavior observed in the presented FEM models. First, it
has to be noted that the axial force to be taken into account is the one obtained in the damaged situation (see
Figures 7a and 7b). This is due to the fact that, although
the maximum stresses at the periphery of the hole are
greatly reduced, the possibility for the cracks to initiate
is still present, and the rods should be able to resist in
this state. Nevertheless, the crack propagation should
stop at the location of the internal reinforcement. The
other aspect is the angle of inclination, which has at least
two effects on the resulting axial force of the rod. One
effect is the fact that, looking at the possible crack surface, if the rod is inclined, then the surface of the reinforcements on that plane increases, which should influence the amount of vertical force that is taken by the rod
(see Figures 9a and 9b). The other effect is the amount of
shear force that the reinforcement takes from the crosssection, before it gets to the critical zone in the vicinity
of the hole. The closer the inclination angle β comes to
45°, the more shear force the rod is able to take from the
cross section, which at the end reduces the stresses at the
periphery of the hole, as previously shown.

⋅

⋅

2

⋅

(5)

4

, : is the integral of the bending stresses, as
shown in Figure 9c (blue area),

,

⋅

(6)

, , : are constants, which are calibrated
with FEM results, and have the following values:
= 0.63;
= 0.008; = 0.36
dr: is the diameter of the rod, and
w: is the width of the cross-section of the beam.

In a further explanation, equation (4) can be divided into
three parts. The first part is the term , and accounts
for the amount of shear force that goes into the rod in the
region not influenced by the hole, which, for simplicity,
can be assumed to be the extension of the rod below the
crack plane (see Figure 9c). The second part is the one
related to the term , , which tries to account for the
difference in the axial force observed at both sides (left
and right), caused by the bending stresses above the
crack plane. These stresses pull or compress the rods in
the positive and negative bending zones accordingly, and
is marked as the blue area in Figure 9c. The third term
corresponds to the amount of vertical force that the internal reinforcement takes up at the crack plane, and is
here related to the vertical force , . The factor 1/cos
results from the increase of the projected area of the rod
on the crack surface, as shown in Figure 9a and Figure
9b. This increase is also taken into account in the other
terms, since the inclination of the rod increases the total
volume of reinforcement, which couses the force taken
/
up by the rod to also increase. Finally, the terms
and /√ are multiplied accordingly, as presented in
equation (4), to properly scale for different crosssections and rod diameters.
Figures 9a and 9b show the axial forces obtained with
the FEM model and with Eq. (4) for diameters
dr = 18 mm and 12 mm and cross-section widths
w = 100 mm and 120 mm, for the left and right rein-
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forcements. A good agreement between the proposed
equation and the axial forces obtained from the simulations can be observed for the range of inclination angles
defined by 0° ≤ β ≤ 45°.

compared to the vertical rod, where ℓad is limited by
equation (7).
The screw diameter was chosen as 12 mm, delivering a
430 / )
characteristic pull-out capacity of (

5.1 DESIGN EXAMPLE
In this section, two configurations of a glulam beam with
a round hole, reinforced internally by self-tapping screws
are regarded. The two configurations differ by the inclination of the rods: Example A considers vertically
placed reinforcements, as considered today exclusively
in [2], and Example B considers an inclination of the
rods by 45°. Both examples are shown in Figure 11. A
beam of dimensions ℓ × h × w = 3500 mm ×450 mm
× 120 mm and a span of 3150 mm is loaded at mid-span,
and a round hole with diameter of 135 mm is placed at a
distance ℓA =720 mm, as shown in Figure 11. The properties of the glulam are those of the strength class
GL32h, according to EN 14080 [6]. Figure 2a is used to
refer to the different dimensions. The distance of the
vertical rods from the hole periphery is chosen as 2.5 dr,
specified as the minimum in [2]. In order to give a fair
comparison between the vertical and the inclined rod
arrangements the effective anchorage length ℓad specified
in [2] as
ℓ

,

157.5

0.15 ⋅
0.15 ⋅ 135

180

(7)

was also chosen for ℓrb. Note: An inherent advantage of
inclined rods consists of the fact that the effective anchorage length can by chosen considerably longer as

80 ⋅ 10 ⋅ ⋅ ℓ ⋅
14.8 ⋅ 180 ⋅ 12 32.0

,

(8)

In the example, the applied load of 252 kN is chosen
such that the characteristic shear capacity of the beam
without hole
2
⋅ 3.5 ⋅ 450 ⋅ 120
3

126

(9)

is reached (considering the hole, the shear capacity
would be 88.2 kN).

Figure 11: Example of a glulam beam with a hole, reinforced
with inclined rods.

5.1.1 SECTION FORCES AT BOTH SIDES OF
THE HOLE
The section forces at both sides of the hole are:
126
90.7

;

126

(10)

;

107.7

(11)

5.1.2 DETERMINATION OF THE VERTICAL
FORCE

(a)

Applying Equations (1) to (3), the vertical force
calculated at sections I and II:
,

,

24.0

;

,

,

24.9

,

is

(12)

5.1.3 DESIGN OF THE RODS
Vertical reinforcements:
For the vertical reinforcements the utilization factor of
the reinforcement is given by (evaluated for the rod 2,
section II)
(b)
Figure 10: Maximum axial force in the rod reinforcement
obtained with the FEM model and with Eq. (4) for different
inclination angles β, under a damaged state, where the crack
surface extends horizontally up to the center of the reinforcements cross-section.

,

24.9
32.0

0.78

1

(13)

which means that the chosen screw is apt for this case.
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Inclined reinforcements:
Using now the same reinforcements, this time with an
inclination of β = 45°, the new utilization factor will be
computed. Accordingly, in a first step the forces , and
, are obtained, where the limits used in equations (5)
and (6) are given as (all values in mm)
94 ;

,

94 ;

,

47 ;

,

47 ;

,

,

,

225

(14)

225

(15)

for the section I and II are respectively.
With these limits applied to equations (5) and (6) the
following values for the forces , and , are obtained:
, ,

51.87
289.1

, ,

;
;

, ,
, ,

51.7

(16)

343.3

.

(17)

These results are used in equation (4) to obtain the maximum axial force in the internal reinforcement:
,

24.4

;

23.3

,

.

(18)

The utilization factor of the screws are then calculated,
obtaining
,

24.4
32.0

0.76

1.

(19)

Although the utilization factors obtained for both examples (vertical and inclined screws) are very similar, it is
important to notice, that this may not always be the case,
for example with increasing rod diameters. In this case,
the axial forces of the inclined reinforcements will increase, as compared to the current design method. This is
mainly explained by the fact that in equation (4) is used
implicitly the diameter of the reinforcement.
Also important to mention, is the fact that, regardless of
the similar utilization factor obtained, the inclined reinforcement has the added effect of significantly reducing
the shear stresses and the stresses perpendicular to grain
in the periphery of the hole.

6 CONCLUSIONS
Using a parametric finite element model it was shown
that internal reinforcements of beams with round holes,
by means of glued-in steel rods or screws, placed perpendicular to beam axis, as described in the current version the German National Annex to EC5 [2], have a
rather small impact on the stresses perpendicular to the
grain at the periphery of the hole. Furthermore, the effect
of the vertical reinforcements on the shear stresses is
negligible. In order to overcome these deficiencies, the
effect of inclined internal rod reinforcements was inves-

tigated numerically. These inclined reinforcements resulted in, depending on the rod inclination, a considerably more expressed reduction of peak stresses at the
periphery of the hole. In the case of an angle of 45°,
reductions between 30% and 40% were observed for
both vertical tensile stresses and shear stresses, as compared to the unreinforced case.
A first draft of a design procedure is presented, based on
the results of the FEM simulations introduced. At the
present, the validity of this proposed equation is limited
to the investigated configurations (100 mm < beam
width < 120 mm and 12 mm < rod diameter < 18 mm).
Real-size experiments will be further pursued in order to
assess the effectiveness of inclined rods as reinforcements in beams with holes, and to validate the observations made with the FEM model presented here.
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COMPARISONS OF THE PRODUCTION STANDARDS FOR CROSS
LAMINATED TIMBER (CLT) IN EUROPE VERSUS USA
Timothy M. Young1 , Marius C. Barbu2 , Daniel P. Hindman3 ,
Josef Weissensteiner4 and Eugenia M. Tudor5
ABSTRACT: Cross laminated timber (CLT) is a new engineered wood product that has experienced rapid growth and
market acceptance for residential and non-residential construction in western and central Europe. Potential exists for
rapid market adoption in North America if manufacturing capacities are developed. Dissemination of information on
CLT North America markets, manufacturing capabilities, and product standards are the next key steps for facilitating
investment in CLT manufacturing capacities in North America. This paper compares standards for CLT between
Europe and North America.
KEYWORDS: Cross laminated timber (CLT), EN 16351-2013, APA PRG 320-2011

1 INTRODUCTION 123
Cross-laminated timber (CLT) is a mass timber product
and is a ‘green building’ solution. CLT origins were in
Austria in the 1990s. CLT has production capacities of
approximately 800.000 m³ per year which exist primarily
in the Austria, South Germany, and Switzerland [1].
Expanded production capacities are predicted for in
Northern Europe and Canada. CLT has great potential
for ‘green building’ solutions for both residential and
non-residential construction.
The standard for USA, ANSI/ APA PRG 320- 2011,
‘Standard for Performance-Rated Cross Laminated
Timber’ has been created. The purpose of this paper is to
compare the USA standards [2] with the European
standard [3] ‘Timber structures-Cross Laminated
Timber-Requirements’ and list the most important issues
of these standards. This comparison of standards will
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hopefully benefit companies and investors interested in
CLT product development in North America.
CLT utilizes low grade kiln dried lumber with typical
dimensions ranging from 16 to 51 mm thick and 60 to
240 mm wide (12% ± 3% MC) [1, 4-5]. The lumber is
planned on four sides and layers are formed through
adhesive surface bonding on the faces of the lamellae.
The process of trimming and finger jointing the lumber
to obtain the desired lengths for layer construction is the
first step in the actual assembly of the panel. Finger
jointing removes many limitations for feedstock
dimensions. There are two primary steps in the
construction of these panels. First, an adhesive is often
added to the layers. Interior/exterior polyurethane (PUR)
adhesives are normally used, but melamine ureaformaldehyde
(MUF)
and
phenol-resorcinolformaldehyde (PRF) adhesives may be used as well [6].
By alternating each layer direction by 90 degrees,
strength is distributed across both panel directions,
instead of a single direction as in solid-sawn lumber thus
creating a much stronger product.
To ensure the outer layers are aligned in the same
direction, the number of layers per panel is typically odd.
Having the outer layers in the same direction parallel to
the vertical load (for walls) or greatest directional span
(for floors) provides maximum strength [4-5]. A typical
panel consists of three layers having a thickness of 120
mm. CLT panels can be produced in thicknesses from 50
mm up to 500 mm [7]. The typical maximum panel
dimensions for commercial use are 18 meters in length
and 3 meters in width, but Austrian companies have
exceeded these dimensions [8]. Overall, panel
dimensions are found to differ by manufacturer. CLT
panels are created from cold bonding in hydraulic press;
there are some exceptions with companies using vacuum
bladder presses which allow a high flexibility in sizes.
An issue with bladder presses is the press sheet tearing
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on the panel’s rough edges. The pressure required for
surface bonding is dependent upon several factors such
as the adhesive system, timber species, adhesive quantity
and application system, and the surface quality of the
layers [9]. With PUR adhesives, a surface pressure of 0.6
N/mm² is sufficient [10].
Prefabrication of CLT final panels is done at the
manufacturing facility using CNC routing systems for
window openings, door openings, etc. This process often
includes the panel-to-panel connection elements by
means of creating half-lips and splines which allow for
the effective use of metal brackets, hold-downs, and
plates to hold the structure together.
In Austria, CLT is produced mostly from Norway spruce
(Picea abies) timber; White fir (Abies alba), Scots pine
(Pinus sylvestris), and rarely European larch (Larix
decidua), Douglas fir (Pseudotsuga menziesii) and Swiss
stone pine (Pinus cembra) are also used [9]. Austrian
manufacturers and American academics have begun to
look into the use of hardwood/softwood and hardwoodonly species for CLT product development [11].

2 STANDARDS

same grade (in addition, such others as will disappear in
standard dressing shall be allowed). If characteristics
other than those described in certified grading rules are
encountered, they shall be evaluated in relation to the
characteristics permitted or limitations prescribed for the
grade under consideration and shall be allowed if
regarded as equivalent or less damaging in effect on the
strength, appearance, or other utility value of the piece,
in all grades, the size of allowable characteristics shall
not exceed that specified in the respective grading rules
(Figure 1).
Dry size requirements. The grading rules shall require
lumber under nominal 12.7 cm (5 inch) thickness sold as
dry to be 19% or less in moisture content at the time of
dressing, and to be less than American Lumber Standard
(ALS) minimum dry dressed thickness and width at 19%
moisture content, or at such lower maximum- moisture
content as may be applicable to the lumber at the time of
dressing (Figure 1).
2.1.2 Structural Glued Laminated Timber (ANSI
A190.1-2012)

2.1 USA STANDARDS FOR CLT (ANSI/APA PRG
320-2011)
The requirements are subdivided into lumber, adhesives
and fire requirements groupings.
2.1.1 Lumber (PS 20-10 American Softwood Lumber
Standard for Structural Lumber)
Mechanical Grading. The grading of structural lumber
by mechanical means is recognized as an acceptable
method of grading. When graded by mechanical means
all such grading equipment and methods shall be subject
to approval and certification. Timbers and dimension
shall be graded from all four faces (Figure 1).
Rough Size. The minimum rough thickness of dry or
unseasoned lumber 2.54 cm (1 inch) nominal thickness
shall be not less than 3.2 mm (1/8 inch) thicker than the
corresponding minimum dressed thickness, except that
up to 20% of a shipment shall be not less than 2.4 mm
(3/32 inch) thicker than the corresponding minimum
dressed thickness. The minimum rough widths shall not
be less than 3.2 mm (1/8 inch) wider than the
corresponding minimum with.
Lengths, Width and Depth. Standard lengths of lumber
shall be in multiples of 0.3048 m (1 ft) or 0.6096 m (2 ft)
as specified in the certified grading rules (ANSI A190.12012- Standard for wood products- Structural glued
laminated timber). Length tolerance is up to 6.1 m (20 ft)
± 2 mm (1/16 inch). Over 6.1 m (20 ft) ± 2 mm (1/16 in)
per 6.1 m (20 ft) of length of fraction thereof. Width
tolerance will be ± 2 mm (1/16 inch). Depth tolerance
will be ± 3 mm (1/8 inch) per 305 mm (ft) of depth;
minus 5 mm (3/16 inch) or 2 mm (1/16 inch) per ft of
depth, whichever is larger.
Grade Characteristics. Characteristics permitted and
limitations for rough lumber shall be the same as those
prescribed in grading rules for dressed lumber of the

Figure 1: Flow chart of standards for lumber and structural
glued laminated timber

ASTM D5456-10a Standard Specification for Evaluation
of Structural Wood Composite Products. Allowable
design values developed in this section are consistent
with engineering practice in building construction. Their
applicability in other types of structures has not been
evaluated and such applications require independent
evaluation. Characteristic value- in the derivation of the
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characteristic value, the procedures in the sections on
statistical methodology and analysis and presentation of
results of practice D2915 shall be followed, except that
provisions of this specification govern where differences
occur.
Standard for Wood Products - Structural Glued
Laminated Timber. End joints shall be bonded in
accordance with the requirements for face joint bonding
with appropriate modifications to the adhesive
spreading, assembly times, application of pressure and
curing times for the method used. For qualification, a lot
size shall be established by the laminator and approved
by the accredited inspection agency. The number of end
joints to be tested by AITC T119 shall be based on the
production of end joints for the outer tension zone of
bending members (a minimum of 10% of depth) and for
the full depth of uniform- grade members. The number
of end joints to be tested shall be a minimum of 1 end
joint per 200 of these joints, but no less than 2 end joints
per lot, shift, or every 83 m³ (50 MBF) or portion thereof
of production. Where no end joints are produced for the
outer tension zone in a bending member, a minimum of
two specimens per lot, shift, or every 83 m³ (50 MBF) or
portion thereof shall be tested. The end joints tested shall
be made using lumber meeting the requirements for the
highest grade of lumber required in the outer 5% of
depth on the tension side of a bending member for the
combination used to determine the qualification stress
level (QSL).
For assembly and bonding, end joints shall be prebonded or assembled and bonded integrally with the face
joint operation. Where end joints are bonded integrally
with the face joint bonding of laminations, they must be
positively maintained in alignment while the face joint
bond is accomplished. Positioning and alignment
methods shall permit measurement of tolerances with
gauges. End joints for the production of curved members
shall be pre- bonded unless the assembled thickness
tolerance of the end joint area and alignment can be
maintained by other methods.
For joint thickness tolerances, plane scarf joints, the
thickness tolerance in end joint areas at the time of face
joint bonding shall be within plus 0.55 mm (0.020 inch)
to minus 0.1 mm (0.005 inch) of the thickness of the
lumber being end jointed. For finger joints, a thickness
tolerance of plus (0.8 mm) (1/32 inch) is allowed in the
assembled thickness. The thickness of exposed tips of
plane scarf joints or finger joints which occur across the
full width of the face of the lamination shall not exceed
(0.8 mm) (1/32 in).
Species. For purposes of this standard, softwood and
hardwood species shall be approved for use in structural
glued laminated timber if stress indices and knot
distributions are established as described in ASTM
D3737, or if other proposed criteria are determined to be
in conformance with this standard by the technical
review board.
Moisture content. The moisture content (MC) of lumber
shall not exceed 16% at the time of bonding. An
exception applies when it is known that the equilibrium

moisture content of the laminated timber in use will be
16% or more the moisture content of laminations at the
time of bonding shall not exceed 20%. Both end jointing
and face bonding procedures for lumber with moisture
content above 16% shall be approved by an accredited
inspection agency. The moisture content of a piece of
lumber shall be taken as the average moisture content
throughout the cross sections measured and along the
length of the piece (Figure 1).
2.1.3 Adhesives
General: ANSI 405-2013, Standard for Adhesives for
Use in Structural Glued Laminated Timber. This
standard provides minimum requirements to evaluate
adhesives for use in structural glued laminated timber.
Alternative tests shall not be permitted to substitute for
the tests prescribed in this standard. Although the test
methods specified in this standard are primarily intended
for evaluation of face bond adhesive, the minimum test
requirements noted shall be used for evaluation of end
joint adhesives by adapting the required face bond
specimens to conform to required end joint adhesive
curing conditions. Previously approved adhesives with
minor changes in formulation shall meet the
requirements of ASTM D2559 and shall pass the inplant qualification. The remaining requirements of this
standard shall be permitted to be waived if the following
documentation is signed by an authorized agent and
provided to the laminator’s accredited inspection agency
by the adhesive manufacturer:
 Request for approval of the modified adhesive;
 Description of reason for the changes in
formulation;
 Statement that changes to the adhesive is minor and
will not change the performance as measured by the
screening tests in this standard (Figure 2).
Formulation changes according: ASTM D2559- 10a
Standard specification for adhesives for bonded
structural wood product for use under exterior exposure
conditions. The manufacturer shall classify the adhesive
as to general type. Typical classifications include, but are
not limited to resorcinol, phenol- resorcinol, phenol,
melamine, structural polyurethane, emulsion polymer
isocyanate, etc. The standard D2559 is applicable to
structural wood products that are adhesively bonded with
a variety of adhesive chemistries. Specification D2559
has remained the evaluation standard of choice for the
traditional structural wood adhesives as well as the
newer adhesives for these products. These newer
adhesively bonded wood products that have been
developed are commonly referred to as engineered
wood. Engineered wood products include glulam (GLT)
but also products such as laminated veneer lumber
(LVL), I- joists, structural finger joints and other
structural
composite lumber
(SCL)
products.
Specification D2559 is referenced in many of the
appropriate product standards such as specification
D5456 for evaluation of structural composite lumber
products and specification D 5055 for establishing and
monitoring structural capacities of prefabricated wood
I- joists.
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It is noted that this specification is first and foremost an
adhesive standard to evaluate an adhesive before
considering it suitable for specific products or
applications, and is not intended as the sole mechanism
for determining the suitability of an adhesive for
adhesively bonded wood products. However, although
product standards such as those within ASTM committee
D07 on wood are specifically intended for that purpose,
it is recognized that the line between evaluating an
adhesive and an end product may not be distinct. As a
result, a significant amount of the evaluation of the
adhesive is necessary to provide assurance that it and the
resulting adhesive bonds will perform as expected in
structural wood products in their intended environment,
but without addressing a specific end product.
Qualification requirements are governed by ASTM
D5456- 11 Standard specification for evaluation of
structural composite lumber (SCL) products. Samples
for qualification testing shall be representative of the
population being evaluated. When an intentional
modification to the process results in a reduction in
mechanical properties as indicated by the quality control
program, then new qualification is required (Figure 2).

2.2 EUROPEAN STANDARDS FOR CLT (EN
16351-2013 TIMBER STRUCTURES - CROSS
LAMINATED TIMBER REQUIREMENTS)
The European CLT standard EN 16351-2013 description
is subdivided into timber structures, design structures,
durability and adhesives groupings.
2.2.1 Timber Structures (General: EN 14081-1-2014
Timber structures- Strength graded structural timber with
rectangular cross section Part 1: General requirements)
This European standard determines the requirements for
visually and mechanically sorted construction wood for
load bearing structures with rectangular cross section
produced by cutting, planning or other production
processes with the permitted tolerances determined in
EN 336. This European standard is valid for construction
wood for load bearing purposes with rectangular cross
section, untreated or treated against biological attack.
Construction wood treated with fire retardants is not part
of this standard. This European standard determines
those attributes where maximum values for visual
sorting rules must be documented. Finger jointed
construction wood is not part of this standard.
Timber. The timber used in the manufacturing of CLT
shall be strength graded according to EN 14081-1. For
the determination of characteristic strengths the height
factor given in EN 384 may be disregarded: The
provisions of EN 14081-1 also apply to the grading of
boards having thicknesses from 6 mm to 22 mm. The use
of recycled wood is not permitted.

Figure 2: Flow chart of standards for adhesives

2.1.4 Fire Requirements (ANSI A190.1-2012
Standard for Wood Products - Structural Glued
Laminated Timber)
Fire Resistance Ratings.
Custom or non-custom
members manufactured to provide a one hour fire rating
shall be manufactured to the specified layup except that
a core lamination shall be removed, the tension zone
moved inward, and the equivalent of one additional
nominal 50.8 mm (2 inch) thickness outer tension
lamination will be added. These members are permitted
to be marked with a ‘1 Hour Fire Rating’ designation.
Members manufactured to provide a ‘2 Hour Fire
Rating’ designation shall be manufactured to the
specified layup except that two core laminations shall be
removed, the tension zone moved inward, and the
equivalent of two additional nominal 50.8 mm (2 inch)
thickness outer tension laminations will be added.

2.2.2 Visual Strength Grading
Construction wood will be graded according to the
requirements listed in Annex A for visual strength
grading in this standard. If grading classes and wood
species of a strength grade are developed according EN
1912, the characteristic values of the properties to the
assigned strength grades are by EN 338; otherwise the
characteristic values are determined by EN 384.
Constraints or additional criteria resulting from a
different grading technic or different species and
influencing the strength or the application of the
construction wood must be specified.
2.2.3 Mechanical strength grading
If construction wood is graded according strength classes
to EN 338, the characteristic values of the properties to
the assigned strength grades must be determined
accordingly, otherwise EN 384 must be fulfilled.
For grading classes with mechanical systems different
species must be sorted and measured respectively.
Grading machinery for mechanical grading must be set
according EN 14081-4: 2005, section 6 grading
machinery with an output controlled system must be set
according EN 141081:2: 2005, section 7.
The visual attributes of each mechanical graded wood
piece must fulfill the requirements according the strength
class whereat the maximum values listed in Table 1 must
be fulfilled. Cracks, flection and fiber deviation must be
determined according EN 1310 Round and sawn timber Method of measurement of features.
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If the machinery does not test the pieces the whole
length, visual checking is necessary. If the diameter of
the knots and the fiber deviation in the not fully checked
areas are bigger than in the checked areas and exceeds
the maximum values in the table 2, the piece must be
rejected.
Mechanically graded construction wood must not be
classified in the same strength class in case of regrading as long as the machinery settings do not
comprise deviations due to wood species and growth
areas.
2.2.4 Durability
The natural durability must fulfill the standard EN 350-2
if regulated; otherwise EN 350-1 must be used.
2.2.5 Construction wood with treatment against
biological attack
Respective construction wood must fulfill the
requirements according prEN 15228.
2.2.6 Fire behavior
As long as the produces provides the indication of the
fire behavior, it must be proofed and classified according
EN 13501-1 Fire classification of construction products
and building elements - Part 1: Classification using data
from reaction to fire tests. Excluded from this regulation
are in Annex C listed products which can be used
without any examinations.
2.2.7 Visual grading
Knots: EN 1310: 1997 Round and sawn timber. Method
of measurement of features
Fiber deviation: EN 844-9 Round and sawn timber Terminology - Part 9: Terms relating to features of sawn
timber
Density, annual growth
EN 844-9 Round and sawn timber - Terminology - Part
9: Terms relating to features of sawn timber
Cracks: EN 1310: 1997 Round and sawn timber. Method
of measurement of features
Species: EN 1912- Structural Timber – Strength classes Assignment of visual grades and species
This European standard covers cross laminated timber
made timber laminations and wood- based panels from
the following species:
- Norway spruce (Picea abies), Fir (Abies alba), Scots
pine redwood (Pinus sylvestris), Douglas fir
(Pseudotsuga menziesii), Western Hemlock (Tsuga
heterophylla), Corsican pine and Austrian black pine
(Pinus nigra), European larch (Larix decidua), Siberian
larch (Larix sibirica), Dahurian larch (Larix gmelinii),
Poplar (Applicable clones: Poplar x euramericana),
Maritime pine (Pinus pinaster), Radiata- Pine (Pinus
radiata), Sitka- spruce (Picea sitchendsis), Southern
yellow pine (Pinus palustris), Western red cedar (Thuja
plicata), Yellow cedar (Chamaecyparis nootkatensis).
- Norway spruce and fir may be considered as one
species

Mechanical grading: EN 384 Structural timberDetermination of characteristic values of mechanical
properties and density
Evaluation of strength and stiffness values: The samples
must be taken from the main unit which must be
traceable through the entire production process.
All known and supposed influencing parameters must be
taken into account when organizing the sampling.
The minimum of samples of each charge must be 40. If
the sample amount is lower than 40, characteristic values
must be adjusted respectively. Testing must be executed
according EN 408. The critical cross section must be
determined at each sample. This means that cross section
where the breaking is obviously incidence by the
measured values from the testing machine.
Bending test: The tension side is determining according
random positioning.
Testing machines: Most of the testing machinery
produced in Europe suggests an effective span length of
900 mm with a single load in the center for determining
the modulus of elasticity.
Testing results gained from different testing procedures
or equilibrium moisture content may be used if sufficient
information available. These results may then be
transformed according the calculation in this standard.
If no results by testing of samples are gained, respective
properties may be determined by the characteristic
values calculated through the bending strength, the
modulus of elasticity and the bulk density according the
calculation listed in this standard.
A required written test report must include the amount of
samples, the procedure of sampling, the testing as well
as the analytical procedures and calculation.
2.3 DESIGN OF TIMBER STRUCTURES
Eurocode 5: EN 1995-1-1 Design of timber structures
(Figure 3) Part 1-1- General: Common rules and rules
for buildings
Cross laminated timber are allowed only for the service
class 1 and service class 2 [3].
Service class 1 is identified by humidity in the materials
at a temperature of 20° C and relative air moisture which
exceeds 65% only for few weeks per year.
Service class 2 is identified by humidity in the materials
at a temperature of 20° C and relative air moisture which
exceeds 85% only for few weeks per year.
Service class 3 determines climatic conditions which
lead to higher humidity than in service class 2.
Determination from geometrical data and properties of
layers and large finger joints. The accompanying
documents of CLT shall give information of it’s:
Geometrical data
Layer’s properties (strength, stiffness and density
properties of layers
Bending strengths of the large finger joints for cross
laminated timber with large finger joints.
Additional provisions for mechanical resistance of CLT
with large finger joints
The mechanical resistance of CLT with large finger
joints shall be declared as the geometrical data (e.g.
cross sectional sizes and layups), the properties of the
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layers of CLT and the characteristic bending strength of
the large finger joints.
The characteristic bending strength fm, lfj, k of a large
finger joint in a cross laminated timber shall be greater
than or equal to the declared characteristic bending
strength fm, lfj, dc, k and shall be verified by bending
tests in accordance with Annex F 3.5 and F 4.5 in the
directions (flat- or edgewise) relevant for the intended
use.

materials, B, B1- B3 are combustible materials. B3 is
easy inflammable materials. Wood and wood products
are B2- normal inflammable materials.
The test set the exposure of a small defined flame. Under
this exposure the ignitibility and the flame expansion in
a constrained time is tested.
Requirements for the classification:
-B2 is fulfilled if no one of the 5 required pieces reaches
the flame peak at the measure marking in a time frame of
20 minutes by edge flaming of surface flaming under the
setup described herein.
-The testing of the edge flaming is carried out usually
without edge protection. Edge protection is only allowed
if exposed edges due to post changes are excluded.
Flooring materials can be ranked to B2 if the minimum
requirements of combustibility class T-b according DIN
66081 Classification of burning behavior of textile
products; textile floor coverings are fulfilled.
EN 13501-1:2010-01- Fire classification of construction
products and building elements - Part 1: Classification
using data from reaction to fire tests
Classification of classes to the building approval
requirements are listed in the construction rules.
Durability
EN 350-2 - Durability of wood and wood-based products
- Natural durability of solid wood - Part 2: Guide to
natural durability and treatability of selected wood
species (abbreviated)
EN 15228 - Structural timber - Structural timber
preservative treated against biological attack
or EN 335 - Durability of wood and wood-based
products - Use classes: definitions, application to solid
wood and wood-based products
or EN 351-1 - Durability of wood and wood-based
products - Preservative-treated solid wood - Part 1:
Classification of preservative penetration and retention
and EN 460 - Durability of wood and wood-based
products - Natural durability of solid wood - Guide to the
durability requirements for wood to be used in hazard
classes

Figure 3: EU Design of timber structures, durability

DIN 4102-1 - 1998-05 Fire behavior of building
materials and building components- Part 1: Building
materials, terminology, requirements and tests
Building materials are divided into classes according to
the combustibility. A, A1 and A2 are non-combustible

Adhesives (Figure 4): EN 301 - Adhesives, phenolic and
aminoplastic, for load-bearing timber structures Classification and performance requirements
Adhesives defined in this standard: polycondensation
adhesives; phenoplast adhesives; aminoplastic resins
Adhesives, according to this European standard must
fulfill the requirements stated in this standard if not
tested according EN 302 part 1 to 4 by using following
testing procedures:
Tension and shear testing by using laminated testing
samples from beech (Fagus silvatica L).
Delamination examination at laminated testing samples
from spruce (Picea abies L). If the adhesive should be
especially suitable for hardwood or special treated wood,
the adhesive must be tested on this wood respectively.
Testing of fibre damage on laminated testing samples
from spruce (Picea abies L).
Testing of the shrinkage stress on laminated testing
samples from spruce (Picea abies L).
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Figure 4: EU- Adhesives

EN 15425 - Adhesives - One component polyurethane
for load bearing timber structures - Classification and
performance requirements. This European standard
establishes a classification for one component
polyurethane adhesives according to their suitability for
use in pre- fabricated timber components for structural
use in defined climatic exposure conditions, and
specifies performance requirements for such adhesives
for the industrial manufacture of load- bearing timber
structures only.
The performance requirements of this standard apply to
adhesive only, not to the structure. It does not primarily
cover the performance of adhesives for the production of
wood based panels.
The standard is primarily intended for the use of
adhesive manufactures and for the use in timber
structures bonded with adhesives, to assess or control the
quality of adhesives. It only specifies the performance of
an adhesive for use in an environment corresponding to
the defined conditions.
Such an adhesive meeting the requirements of this
European standard for its type is adequate for use in a
load- bearing structure, provided that the bonding
process has been carried out according to an appropriate
product standard.

Determination
formaldehyde
release:
EN 385 - Finger jointed structural timber - Performance
requirements and minimum production requirements
This standard contains requirements for finger jointed
connections and the minimum requirements for
mortised, indenting and laminated finger jointed
connections in construction wood for load bearing
structures. The requirements apply to the wood, the
adhesive, the wood moisture content; mortise machining,
lamination and treatments of wood with flame retardants.
The standard only applies to finger jointing connection
in wood construction materials of the same species.
Although most of the finger jointing is made by
softwood, this standard also applies to hardwood species,
as long as indications of the requirements which result in
sufficient bonding are available.
Connections, where the finger joints are produced by
press forming are not taken into account in this standard.
This standard only applies to singular lamella of cross
laminated timber. Universal finger jointing in CLT are
described in EN 387.
Wood species: detailed information of the wood species
must be available
Knots and cracks: Knots under a diameter of 6 mm must
be unregarded. In the connection no knots are allowed.
The nearest knot must be at least the length of the finger
joint plus three times the diameter of the knot away.
Wane: Wane or edge damages must have a distance of at
least 75 mm from the finger joint base.
Adhesives: The adhesive must assure the finger jointing
connection in regard to strength, durability and service
life in use.
Adhesive specification and requirements are determined
in EN 301.
For any other adhesives which are not included into the
EN 301, the lamination must assure a sufficient
durability and strength. Special rules are against fail due
to creeping for a sufficient load bearing capacity in case
of fire and at elevated temperatures as well as for
moisture conditions under the normal use.

3 3

CONCLUSIONS

Basically, the major difference of the two standards for
CLT is the main principle. The US standard has 29 pages
and makes except the tables of the modulus of elasticity
and bending and few minor other topics such as
dimensional deviations references to standards from
glued laminated timber and other wood panels products
such as LVL. Primarily it is due to the fact that until now
there is now production in the US and therefore also very
limited experience and studies on various topics on this
product. Whereas in Europe it has grown over the last
about 15 years and by the steady development also the
standard was created but not until 2013. The current EN
standard for CLT has 95 pages and has much more
detailed specifications then the US standard has.
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FULL-SCALE BUILDING AND WALL TESTING TO EVALUATE
LATERAL LOAD PERFORMANCE OF EXISTING TIMBER FRAMED
SCHOOL BUILDINGS IN NEW ZEALAND
David Carradine1, Graeme Beattie2, John Finnegan3, Dave Brunsdon4, Bo-Yao
Lee5 and David McGuigan6
ABSTRACT: In earthquake prone regions of the world it is very important to be able to realistically evaluate the expected
seismic structural performance of existing timber buildings. In New Zealand, seismic evaluations of older timber framed
buildings often provide overly conservative estimates of strength and stiffness, with many being classified as earthquake
prone and requiring strengthening. Based on the number of timber framed school buildings around the country, the New
Zealand Ministry of Education sought to improve methods for estimating existing timber framed building performance
by conducting full-scale destructive tests of two types of school buildings and a full-scale laboratory test of a school
gymnasium wall. All tests indicated that these types of buildings have greater capacity than previous evaluations had
suggested, and methods for more realistic seismic resistance evaluations have been developed and will be included within
national seismic assessment guidelines.
KEYWORDS: Light timber frame, Full-scale testing, Seismic resistance, In-plane wall testing, Seismic assessment,
School buildings

1 INTRODUCTION AND
BACKGROUND 123
Like many places around the world where timber is
abundant, New Zealand has a large stock of existing
buildings that have been constructed using light timber
framing. Because New Zealand has population centres
located in seismically active areas, it is important to
ensure that existing timber buildings constructed prior to
the adoption of modern building codes are able to
effectively resist seismic loading without collapsing or
requiring demolition due to excessive damage. Realistic
seismic assessment of timber buildings can be
problematic due to limited code quantification of load
paths and ignoring the contribution of non-structural
elements. Inaccuracies in evaluation often lead to very
conservative strength estimates for timber buildings,
resulting in these buildings being classified as earthquakeprone in accordance with New Zealand Building Act
legislation. This classification would suggest that these
buildings are in danger of collapse during a significant
seismic event. It is a commonly held belief that older
timber framed buildings provide more than adequate
seismic resistance and that these evaluations are overly
conservative [1,2,3].
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1.1 TIMBER BUILDING PERFORMANCE
The effectiveness of New Zealand timber buildings in
resisting seismic loads was obvious following the
September 2010 and February 2011 earthquakes in and
around Christchurch, New Zealand. Houses in particular,
constructed using light timber framing, performed very
well during the earthquakes, and while damage occurred
to many of these buildings, the majority were still
habitable and not in danger of collapse [4]. Full-scale
tests on light timber framed houses [5] showed that the
strength and stiffness of these buildings were greater than
current building standards would indicate. In addition to
houses, engineered timber structures incorporating other
types of timber construction also performed well during
the earthquakes [6,7] indicating that larger timber
structures possess the inherent ductility and resilience
observed in one and two storey houses.
1.2 TIMBER FRAMED SCHOOL BUILDINGS
Timber framed school buildings (Figure 1) throughout
Christchurch also performed extremely well during the
more severe February 2011 earthquake with no collapses
or loss of life reported [1]. The lack of damage that would
affect life safety was further supported by more detailed
engineering evaluations, which also noted minimal
damage in timber framed school buildings. Where
5 Bo-Yao Lee, Ministry of Education, NZ, BoYao.Lee@education.govt.nz
6
David McGuigan, Ministry of Business, Innovation and
Employment, NZ, Dave.McGuigan@mbie.govt.nz
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significant damage to the buildings was observed it was
primarily a result of differential ground movement and
settlement. It is worth noting that the majority of school
buildings had heavy roofs replaced with lighter roofing
materials following a 1998 survey of buildings. Based on
the good performance of these buildings during the
earthquakes and the fact that engineering assessments
tend to be overly conservative the New Zealand Ministry
of Education established an Engineering Strategy Group
(ESG) in October 2012. The ESG has systematically
worked through a series of inter-related activities aimed
at providing the Ministry and engineers with a more
realistic and consistent approach to assessing the seismic
performance of timber framed buildings.

regarded as being low risk. The original Initial Evaluation
Procedure (IEP) method from Section 3 typically provided
unduly conservative results if applied to timber framed
buildings without consideration of their generally good
seismic performance. In response to the situation where
many timber framed classroom blocks in Canterbury and
other regions were assessed as earthquake-prone
buildings, the MOE ESG prepared a document Guidelines
for the Seismic Evaluation of Timber Framed School
Buildings [10]. This document includes qualitative and
quantitative seismic evaluation methods, both based on
the 2006 NZSEE Guidelines. Clarification is provided on
the specific values of key parameters to be used in both
levels of evaluation, including higher representative
ductility factors.
These MOE guidelines are generally applicable to one or
two storey classroom, administration and ancillary
buildings of the types that would present some similarities
with the current and/or previous standards for timber
buildings not requiring specific engineering design. New
Zealand Standard (NZS) 3604:2011 [11] is the current
version of this standard. The November 2013 update [12]
by NZSEE of Section 3 of the 2006 Guidelines (now
entitled Initial Seismic Assessment) has incorporated the
parameters proposed by the MOE ESG for qualitative
assessments of timber framed buildings.

Figure 1: Example of Timber Framed School Building
(Dominion Classroom Block, Hamersley Park School,
Christchurch)

1.3 MINISTRY OF EDUCATION INITIATIVES
The New Zealand Ministry of Education (MOE) owns and
operates a significant number of timber framed school
buildings around the country. After the Canterbury
earthquakes, engineering assessments have been
undertaken throughout New Zealand to assess the seismic
resistance of existing school buildings.
These
assessments indicated that in some cases timber framed
school buildings could be earthquake prone and may
require strengthening or demolition. Based on knowledge
of the resilience of timber buildings, MOE initiated a
series of studies to determine if light timber framed
buildings were being correctly assessed in terms of the
requirements of the New Zealand Building Code [1] and
existing assessment guidance available at the time. These
studies included reviewing the application of Building
Importance Levels to school buildings and the
development of guidelines for the seismic evaluation of
timber framed school buildings. Detailed reviews of a
range of standard timber framed classroom blocks have
been undertaken, culminating in the destructive testing of
two typical timber framed classroom blocks.
The 2006 New Zealand Society for Earthquake
Engineering (NZSEE) Guidelines for the Assessment and
Improvement of the Structural Performance of Buildings
in Earthquakes [9] provides only limited guidance for
assessing timber framed buildings as they are generally

An additional component of this MOE initiative was a
detailed study of a number of the Ministry’s standard
classroom blocks. These blocks were subject to both
qualitative and quantitative assessment using engineering
parameters provided in the MOE guidelines for the
seismic evaluation of timber framed school buildings.
They also utilised the NZSEE Guidelines in their analysis
in terms of methodology.
To gather further evidence of the performance of timber
framed school buildings that had been assessed as
earthquake-prone, the MOE commissioned full-scale
testing of standard classroom blocks of timber framed
construction. This included a destructive test of an
Avalon block in June 2013 and further destructive testing
of a Dominion block was undertaken in December 2013.
Additionally a full-scale series of tests of a school
gymnasium wall was conducted in the Structures
Laboratory at BRANZ to determine the contributions
made by a variety of typically used timber based materials
for infill between steel portal frames. This type of
building was also assessed as being earthquake-prone
because the timber and lining components were not
included in the strength evaluation.

2 TEST METHODS
2.1 FULL-SCALE BUILDING TESTS
Full-Scale building tests were conducted on two school
building types located in different locations. Both test
programmes required partial demolition of the rows of
classrooms in order to isolate one or two classrooms so
that they could be effectively tested. This was due to onsite space constraints and limitations of equipment used to
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load the buildings. The recorded load and displacement
data, in combination with qualitative information
gathered during the destructive testing, have provided a
more comprehensive view on the performance of timber
framed school buildings in New Zealand during
earthquakes and methods for the analysis of these
buildings.
2.1.1 Avalon Classroom blocks; Carterton
The Ministry of Education commissioned the Structures
Group of the BRANZ Ltd to undertake the destructive test
of an Avalon block in June 2013, with the ESG overseeing
the test. The test involved two classrooms that formed part
of a four-classroom “Avalon” block at South End School,
Carterton, Wairarapa (Figure 2). Commonly constructed
in the late 1950s and early 1960s, this timber framed
classroom block features a front wall that is essentially
fully glazed, with no recognisable structural bracing
panels. The classroom features a high-level vertical
glazed (or ‘clerestory’) section at the ceiling level, again
with no identifiable form of bracing to connect the
diagonally braced higher section to the tongue and
grooved braced lower section of ceiling over a section of
each classroom and the cloakroom area. Extensively
glazed facades and clerestory windows are also present in
a number of other standard classroom designs.

Load Attachment Points

Figure 3: Avalon Classroom Block Testing with Load
Attachment Points Identified

Figure 2: Avalon Classroom Block, South End School,
Carterton

Two classrooms were tested from the block of four.
Lateral loads were applied cyclically to both ends of the
two classrooms at roof level (Figure 3) at three locations
using hydraulic actuators integral to house moving trucks
connected to the 5th wheel of each truck (Figure 4). The
loads were distributed to three attachment points on each
end of the building using steel pre-stressing tendons
which were connected to a steel yoke as shown in Figure
4. The hydraulic actuators had 30 tonnes of pulling
capacity and a stroke length of approximately 1.4 m.
They could also be held at displacements corresponding
to target load increments to allow for displacement
recording using surveying station equipment.

Figure 4: Fifth Wheel Attachment and Steel Yoke Used for
Full-Scale Building Testing

The tendons only allowed for pulling of the building on
each end, therefore pulling was done in one direction at
one end and then in the other direction at the other end,
with slackening of the tendons on the end not being
loaded. Due to the uncertainty surrounding the strength
and stiffness of the classrooms it was decided that each
pull would be done to an approximate level of load and
held there while deflection measurements were taken.
After each pull the load was removed from the building
and deflection measurements were taken in the unloaded
state before the next pull in the opposite direction. While
ideally each pair of opposite loads, applied in the east and
west directions would have been equal, this was difficult
to achieve accurately and therefore the pairs of loads were
only approximately equal. The load levels were increased
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in approximately 20 kN increments. The majority of the
testing was undertaken with the windows closed but at
different times during testing loading was conducted with
all of the windows open for a comparison of stiffness.
Applied loads were calculated as the horizontal
components of the loads applied at various angles to the
structure.
Load levels were incrementally increased up to
approximately 200 kN at each end and then a continuous
increase in load was applied with the intention of
achieving approximately 250 kN at each end. On the west
end the maximum load achieved was 242 kN and loading
was halted due to the limits of the equipment used to load
the building. On the east end the maximum load achieved
was 220 kN due to a failure of the chain between the 5 th
wheel and the yoke during the loading.
Throughout the testing of the classrooms, loads were
recorded using calibrated load cells and the displacement
was recorded near the roof apex on the west end (see
timber stand in Error! Reference source not found.)
using a rotary potentiometer, all at one second intervals
using a computer controlled data acquisition system. Four
load cells were used on each end of the building, with one
load cell monitoring each of the individual loading
tendons attached to the building and the fourth load cell
monitoring the combined load directly between the
loading yoke and the 5th wheel of each truck (Error!
Reference source not found.4).
Data acquired during classroom testing using load cells, a
rotary potentiometer and survey stations allowed for
development of load versus displacement plots for various
locations on both end walls of the classroom. Results of
Avalon Block testing are provided in later sections. Loads
were increased up to the point of significant building
damage, but at no time was there imminent collapse of the
building.
2.1.2 Dominion Classroom blocks; Christchurch
In Christchurch during December 2013, fully reversed
cyclic testing was conducted on a block of two classrooms
in the longitudinal direction (Figure 5) and on a single
classroom in the transverse direction (Figure 6) by
BRANZ at the request of the MOE. The Dominion style
blocks (Figure 1) were part of Hammersley Park School
and these buildings performed well during the 2011
earthquakes in Christchurch. These tests were very
similar to those conducted for the Avalon classroom
blocks with a few minor differences. Loads were applied
using the same 5th wheel configuration incorporating
house moving trucks, but only two attachment locations
to the building were utilised for each loading
configuration. The steel yoke was also used to distribute
the two loading tendons to a single connection that could
be attached to the 5th wheel. For these tests the load was
applied at the wall top plate level on both sides of the
building because the roof was well braced in the ceiling
plane and not expected to have any greater weaknesses
than the side walls.

Figure 5: Two Classroom Dominion Block Section Tested
Longitudinally

For the longitudinal testing, load was applied to the
building via the top plates supporting the main roof
structure. These plates consisted of a 4” x 3” (100 mm x
75 mm) and a 4” x 2” (100 mm x 50 mm) timber member
spliced together. A 3 m long flat steel plate was bolted to
the outside face of the top plate pairs with eleven 16 mm
diameter bolts. The ends of the plates had a steel box
connection fitted to accept the loading tendons. During
the test there was some concern that the top plate was
going to be the weak link in the loading chain and so
another steel plate was added on the inside of the top plate
pairs, extending the load application length by 1.5 m. This
plate was coach screwed to the top plates with a further
five coach screws.

Figure 6: Single Classroom Dominion Block Section Tested
Transversely

In order to introduce the load to the transverse walls in the
transverse test, a steel hairpin arrangement was fitted from
both sides of the building to encapsulate the bottom chord
of the trusses located directly above the end walls. A
further steel link plate was added to connect the two
hairpins together, effectively enveloping the trusses. The
bottom chords of the trusses were spiked to the top plates
of the transverse walls beneath to transfer the load and nail
plates were used to supplement the transfer mechanism.
The tendons were attached to the loading frames and yoke
using collets and wedges typically used for prestressing
concrete, as was the case for the Avalon Block testing.
Throughout the testing, loads were recorded using load
cells and the displacement was recorded at the top plate
level midway between the two loading points on the west
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side for the longitudinal loading and on the north side for
the transverse loading, using a rotary potentiometer.
Measurements were taken at one second intervals using a
computer controlled data acquisition system. Three load
cells were used to monitor each pull, with one load cell
monitoring each of the individual loading tendons
attached to the building and the third load cell monitoring
the combined load directly between the loading yoke and
the 5th wheel of each truck.
In addition to the load cells and potentiometer,
measurements of displacement were recorded for both
end walls during the longitudinal testing and both side
walls during the transverse testing using survey station
equipment. At a no-load condition and peak loads,
displacement measurements were recorded at several
locations on the instrumented walls using prisms and
included ruler measurements at the eaves.
Both building sections were cyclically loaded for one
cycle to increasing increments of load and the testing
method was nearly identical to that used for previously
described testing on Avalon classroom blocks. For the
longitudinal loading, the load increments were
approximately 25 kN until the failure of the building
section in the region where the loading plates were
attached. At several stages during the testing in the
longitudinal direction, windows were opened for one
cycle in order to establish the difference in building
stiffness between the cases of closed and open windows.
For the transverse loading, the load levels were increased
in approximately 20 kN increments in both directions,
until collapse of the building occurred.
Data acquired during longitudinal and transverse testing
using load cells, a rotary potentiometer and survey
stations allowed for development of load versus
displacement plots for various locations on both end walls
of the longitudinal and transverse test sections. Results of
Dominion Block testing are provided in later sections.
2.2 FULL-SCALE GYMNASIUM WALL TESTS
In order to determine the contributions of different timber
materials making up the infill walls between steel portal
frames and possible contributions of these materials to the
lateral load resisting behaviour of the walls, a wall
specimen was constructed and lateral load tested in the
Structures Laboratory at BRANZ during 2015.
2.2.1 Model Building
The wall test specimen was based on details provided for
a gymnasium building located at Naenae College in
Lower Hutt, just north of Wellington. An original set of
drawings was provided and the details on the drawings
were verified through visits to the building. The
gymnasium consists of a series of transverse steel portal
frames with timber framed infill walls between the
frames. The portal frames are connected using steel
channel sections bolted to lugs welded to the frames at
two locations up the height of the portal frame legs. In
some bays between the steel portal frames there are
diagonal steel strap braces bolted to lugs welded to the
frames. The building has a total of eight portal frames,

resulting in seven bays, and on each side of the building
there are four sets of diagonal braces, two upper and two
lower. Figure 7 shows the gymnasium that was the basis
for the tested wall specimens. This building had been
evaluated as earthquake prone because all of the lateral
load resistance was assumed to be taken up by the steel
braces, whose capacities were governed by a single grade
4.6 M12 bolt, with no contributions being provided by the
timber framed infill with timber based panels on the
interior and weatherboard cladding on the exterior.

Figure 7: Exterior View of Naenae College Gymnasium

One aspect of the built gymnasium that was not included
in the test specimen was the steel columns making up the
portal frame legs, which were encased in concrete in the
original building. This was not feasible to include in the
test specimen and therefore it only included the steel
sections as columns under the assumption that this would
conservatively approximate the as-built structure. The
drawings also indicated that the bases of the concreteencased columns were constrained by a reinforced
concrete perimeter foundation wall on top of a reinforced
foundation beam. This foundation system would have
offered a reasonable amount of rotational restraint to the
column bases which was not able to be replicated in the
time available for conducting the tests. The weatherboard
cladding had been overlaid with plywood sometime
during the life of the gymnasium. However the fixings
were small and sparse. The overlay was therefore not
included in the testing.
2.2.2 Test Specimen and Configurations
The specimen (Figure 8) was tested in several different
configurations having different combinations of the steel
frames and bracing, interior linings, exterior cladding and
openings (representing the large upper windows seen in
Figure 7). The dimensions of the test specimen can be
seen in Figure 8, which also shows the steel columns,
beams and braces that were included in the first test
configuration. The columns used in the test were slightly
smaller than those in the as-built gymnasium but their
weak axis stiffness was very similar to the as-built
columns. It was assumed for the test specimen that the
columns were essentially pinned at the bottom and were
connected to the laboratory strong floor using a 12 mm
thick mild steel plate welded to the column bottoms and
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then bolted to the strong floor using two 16 mm diameter
bolts that were in line with the column webs.
A total of nine configurations were tested using the steel
frames and these are described in Table 1. Tests A1 to A3
included only the steel columns, beams and braces and
were intended to evaluate the response of steel braces and
the connections of the braces to the portal frame columns.
All other tests included the steel columns and beams, but
no steel cross braces. In order to minimise the effect of
the connections between the beams and columns, only a
single 12 mm diameter bolt was used to connect the beams
to the columns for all but Tests A1, A2 and A3.

attach the vertical edge timbers to the steel columns it was
necessary to secure lengths of framing timber along the
length of each column using shot fired fasteners at
approximately 800 mm centres. Studs were spaced at
nominal 600 mm centres to match the size of the lining
sheets, which were 12 mm thick sheets of particle board
installed using 1.6 mm x 40 mm jolt head nails at 300 mm
centres at panel edges and along intermediate studs.
Nogging members were installed at 1200 mm centres
between the studs. Particleboard sheets had their long
dimension in a vertical orientation and sheets were
installed in a staggered bond pattern to approximate the
effect of the larger sheets in service. From 12’ (~3.6m) to
the top of the test specimen, the lining was 4.5 mm thick
hardboard (untempered) and for Test B this was installed
using 1.6 mm x 25 mm jolt head nails on 300 mm centres
at panel edges and along intermediate studs.
Following Test B the alterations described in Table 2 were
sequentially incorporated for the remaining test
configurations.
Table 2: Tested Gymnasium Wall Test Alteration Details
Test

C

D

Figure 8: Steel Components and Overall Dimensions for
Gymnasium Wall Test Specimen
Table 1: Tested Gymnasium Wall Test Configurations
Test
A1
A2

Description

E

Steel frame with steel cross braces – ends bolted with
a single grade 4.6 M12 bolt
Steel frame with steel cross braces – ends bolted with
a single grade 8.8 M12 bolt

A3

Steel frame with steel cross braces – ends welded to
lugs with 6 mm fillet welds (150 mm length)

B

Interior linings with original nailing

C

Interior linings with new nailing

F

D

Weatherboard exterior cladding only
Interior linings (original nailing) and weatherboard
with window near top
Interior linings (new nailing) and weatherboard with
window near top

G

E
F
G

Steel columns and beams and timber frame only (no
steel cross bracing, linings or weatherboard cladding)

All framing timber was 140 mm x 45 mm SG8 Radiata
Pine that was supplied from local sources. In order to

Description
-Hardboard panels re-nailed using 2.5 mm x 30 mm
flat head nails on 300 mm centres at panel edges and
along intermediate studs
-Particleboard panels re-nailed using 2.5 mm x 50 mm
flat head nails at 300 mm centres at panel edges and
along intermediate studs.
-Interior linings fully removed
-Nominal 200 mm x 25 mm Rusticated
Weatherboards attached to the “exterior” side of the
specimen with 2.8 mm x 60 mm jolt head nails, one
per crossing
-Studs in the upper section of frame trimmed down to
window sill level in the as-built gymnasium (3.6 m
from the bottom of the specimen)
-Continuous 140 mm x 45 mm SG8 sill trimmer
member placed over the length of the specimen across
the top of trimmed studs and fixed to top of studs with
two 90 x 3.15 gun driven nails per stud to replicate
additional framing likely to have been used around the
window opening in the original building and also to
avoid any out of plane movement of the framing
during testing
-Original nail size and spacing for the particleboard
inner lining
-Exterior cladding material up to the bottom of the
window opening (Figure 9) using same fixings as
previous tests
-Additional nailing for particleboard as in Test C and
included exterior cladding material up to the bottom
of the window opening
-Internal linings and weatherboard cladding removed
entirely and the unbraced steel frame and timber
framing tested to ensure that their contributions to the
other test results were not significant.
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configurations during lateral loading, as discussed in
following sections.

3 RESULTS AND OBSERVATIONS
3.1 AVALON BLOCK RESULTS

Figure 9: Wall Test Configuration E. left – inside face) and
right – outside face

2.2.3 Wall Testing
All wall test configurations were tested using a fully
reversed cyclic test protocol derived from the P21 Test
Method [13] typically used to determine bracing ratings
for wall constructions for use when designing buildings
according to NZS 3604 [11]. The bottom plate of the test
specimen was secured to the laboratory strong floor using
16 mm diameter bolts on 900 mm including 50 mm x 50
mm x 3 mm square washers.
Horizontal load was applied to the upper steel beam of the
specimen using a 250 kN closed loop electro-hydraulic
actuator and loads were measured using a 225 kN load
cell. A steel channel was attached directly to the actuator
load cell and bolted to the top flange of the upper beam
using 16 mm bolts on 450 mm centres. Out-of-plane
movement of the test configurations was prevented by
roller restraints located at two points along the top edge of
the specimens. A rotary potentiometer was used to
measure the global horizontal displacement of the top of
the specimen. Additional potentiometers were used to
measure the horizontal movement of the column furthest
from the actuator at mid-height during testing. The test
load and displacement measurements were recorded using
a computer controlled data acquisition system.

Data acquired during classroom and wall testing allowed
for development of load versus displacement plots for
various locations on both end walls of the tested Avalon
Block. Figure 10 shows a plot of the applied load versus
corresponding displacement of the rotary potentiometer
attached near the ridge of the monoslope roof of the west
end wall and includes data for loading with the windows
open and closed. Loads were increased up to the point of
significant building damage, but at no time was there
imminent collapse of the building.
At the commencement of loading there was little to
observe in the building. During cycles to around 30 kN a
few creaking noises were heard but the only observable
“damage” was the windows contacting on opposite
corners of the frames because the frames were distorting.
Greater distortions of the window frames occurred during
cycles when the windows were open (Figure 10). During
cycles to 90 kN with the windows open, one of the two
solid panels in the north wall began rotating on its bottom
plate. During the cycle to 130 kN with the windows open
there was significant weak axis bending of the clerestory
window mullions. Continued window damage to the
north façade and clerestory windows was observed as the
load levels were increased up to the maximum level. Over
the complete cyclic testing series the windows in the south
wall remained intact, although the panes were clearly seen
to be moving within the space tolerance allowed around
the edges of the pane. The rear wall of the classrooms
(between classrooms and cloakrooms) exhibited no
damage during the testing. Inspections of the ceilings
throughout the testing showed that there was a very small
amount of ceiling distortion. At the completion of the test,
there was also evidence of slight shearing movement
between the vertical shiplap weatherboards cladding the
porches on the south wall.

The displacement pattern for wall testing used was similar
to that required for P21 testing except that it was scaled
up from a 2.4 m high wall to a 5.5 m high wall. The scaling
factor on the target P21 procedure displacements was
therefore 5.5/2.4 = 2.3. The loading sequence consisted
of three displacement controlled cycles of the specimen
top plate to displacements of 21, 34, 50, 67, 83 and
99 mm. This displacement pattern was used for Tests
A1 and B, but the remaining tests also included a final
series of three cycles to 130 mm. Displacements were
applied sinusoidally at an average rate of 1 mm per
second.
Load and displacement data obtained during testing
provided ample data for the development of hysteresis
loops and backbone curves for each test configuration.
Observations made during testing also provided
qualitative information on the performance of these

Figure 10: Load vs. Displacement (Backbone) Plot for Avalon
Classroom block Testing

The cyclic testing was taken to the capacity of the testing
rig, which resulted in loads that were several times greater
than the calculated probable strength of the two classroom
block and resulted in significant damage to the building at
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these high loads, including permanent deformation and
extensive breaking of windows. At no point during the
cyclic testing was the building in danger of collapse or
complete failure, but it was clear that serviceability
limitations on deformation were exceeded. It should also
be noted that the load resistance was still increasing at the
termination of the test.
3.2 DOMINION BLOCK RESULTS
Data acquired during longitudinal and transverse testing
allowed for development of load versus displacement
plots for various locations on both end walls of the
longitudinal and transverse test sections. Figure 11 shows
backbone curves for the peak loads reached for each of
the loading increments in the longitudinal direction with
windows open and closed. Figure 12 shows backbone
curves for the average and maximum loads reached for
loading in the transverse direction.
In the early stages of the testing, there was little
observable change in the building. During the cycle to
93 kN peak load with the windows open, there was some
minor movement of the brick veneer panel on the
northwest corner of the building. Subsequent loading
with windows open (peak load 161 kN) saw veneer panels
at both northern corners clearly rotating along with
window mullions. Ceiling damage also began at later
cycles. During the loading cycle to a peak load of 262 kN
to the west, the top plate on the northern face of the
building failed in tension at the loading rig connection. It
was then no longer possible to apply load in the west
direction. The testing ceased when the eastern end top
plate failed in tension at 219 kN peak load while being
pulled to the east resulting in window mullion stud failure
in bending. Several windows in the top row on the
northern face cracked during later loading cycles. No
other windows in the lower frames broke during the
testing.
The building had a corridor along the south side with an
outside wall. The test results indicated that due to the
different construction and resulting stiffness of the north
and south sides of the building, there were different levels
of displacement occurring between the two monitored
walls for the various loading levels. The stiffness of the
outside wall of the corridor also served to reduce the
displacement of the south side of the building.

Figure 12: Average and Maximum Load vs. Displacement
(Backbone) Plot for Transverse Dominion Classroom Block
Testing (Average Values were based on Average Load during
the Holding Time While Survey Measurements were Obtained)

There was little observable damage over the first four
complete loading cycles in the transverse direction.
During the pull to 117 kN there was some evidence of wall
lining sheet rotation. The movement of the lining sheets
became more marked during the next cycle where a peak
load of 144 kN was reached. During the pull to 122 kN
to the north the linings were beginning to fully detach
from the wall framing. In the pull to the south to the peak
load achieved for the building (148 kN peak) the framing
on the north face was lifting away from the brick veneer
panel and the exterior cladding on both the east and west
faces of the building was well detached from the framing.
It should be noted that these claddings were interior
linings before the building had been partially demolished.
The linings were clearly not providing any bracing
resistance and so they were removed to expose the
framing behind. On both the east and west faces of the
building this exposed diagonal cut-between braces
extending from the bottom mid-length of the wall to the
top eave, as had been expected from the observations in
the other block. On the eastern face there were no obvious
damage signs on the brace that was in tension but the
compression force in the other brace had caused one of
the bracing elements to slide down the stud effectively
discontinuing the brace. On the western face a plumbing
vent pipe had been installed between two studs in the wall
at some stage during the life of the building and the
diagonal bracing element in the gap between the studs had
been pushed out of the way for the pipe. This change had
compromised the bracing function of the wall.
During the last major pull to the north (82 kN peak) the
east side tension brace was clearly demonstrating how the
brace elements were tearing away from the studs and
exposure of the compression brace on the west end wall
also revealed that an element had been removed at some
time over the life of the building.

Figure 11: Load vs. Displacement (Backbone) Plot for
Longitudinal Dominion Classroom Block Testing

By this time the lateral load resistance provided by the
building section had diminished to well below the peak
load and in order not to leave it in a precarious position it
was decided to pull the building to the north until
complete collapse occurred. Figure 13 shows the state of

WCTE 2016 e-book | 4396

the east facing wall just before the final pull causing
collapse.

Figure 13: Transverse Dominion Classroom Block Testing
near the Onset of Collapse

3.3 FULL-SCALE GYMNASIUM WALL
RESULTS
Load and displacement data obtained during wall testing
provided ample data for the development of hysteresis
loops and backbone curves for each test configuration. A
composite series of 1st cycle backbone curves were
created based on the averages of the positive and negative
displacement cycles and these are shown in Figure 14 for
Tests A1 and Test B to Test F, with contributions from the
steel frame and timber frame (Test G) removed.
Test A1 - Braced Steel Frame, Grade 4.6 bolts
Test B - Original interior linings
Test C - Renailed interior linings
Test D - Weatherboard only
Test E - Top window - original nailing
Test F - Top window - renailed

25
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This series of tests has provided load-deflection behaviour
for a range of bracing systems that would be expected to
be encountered on school gymnasium side walls. It is
suggested that engineers assessing the capacity of a school
gymnasium side wall can aggregate these responses as
required at any particular displacement. Individual
backbone plots from the tests have been made available to
the MBIE/NZSEE project team developing updated
guidance for assessing timber buildings.

4 SUMMARY AND OUTCOMES

5

0

particleboard held much better than the original nailing
and while some nails fractured at the interface between
the particleboard and the timber framing, the remaining
nails held the panels in place throughout testing. Test D
was dominated by friction of the weatherboards as they
slid past each other during loading. No damage was
observed to the weatherboards or the connections of the
weatherboards to the timber framing. The behaviour of
Test E was similar to Test B except that the additional
flexibility of the steel frame above the top of the
particleboard lining resulted in lower loads being resisted.
The particleboard panels for Test E rotated individually
and worked themselves off the timber framing either by
pulling out the nails or the nails pulling through the
particleboard. For Test F, even at ±130 mm of
displacement the specimen was still resisting load and did
not have any failure that caused a significant reduction in
resistance. The new nails provided a significant increase
in load carrying capacity over Test E and the damage to
the particleboard was similar to Test C, although with
fewer nails broken during testing. No damage was
observed during Test G to either the steel frame or the
timber frame, even at the largest displacement levels.
This test confirmed that the contribution from the steel
and timber frames by themselves was minimal compared
to the contributions of other components of the tested
configurations.
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Figure 14: Average Backbone Plots for Wall Testing

Tests on the steel framing with bolted brace connections
failed suddenly due to shearing of the bolts between
braces and lugs welded to columns. The test with the
welded braces failed unexpectedly at the weld between
the baseplate and base of one of the columns. A greater
strength would otherwise have been expected. The drop
in load resistance during Test B was due to the nails
holding the particleboard and hardboard linings working
out and allowing the panel materials to deform so that they
no longer bore against each other along the edges. The renailed interior linings (Test C) performed much better
than the original fastenings and much higher loads were
reached before the load resistance began to decline. The
nails in the hardboard gouged out the hardboard around
the fasteners which allowed for some deformation of the
panels at greater displacements. The nails in the

Full-scale field tests showed that the tested buildings were
at a minimum as strong as required by existing building
codes, and in some instances several times stronger than
current assessment methods would indicate. Loaddeflection responses of these buildings were determined
which included contributions from all building
components and non-structural elements, which tend to be
difficult to accurately replicate in laboratory tests.
Comparisons between probable calculated building
strength and tested buildings are provided in Table 3. The
destructive tests confirmed the general engineering
expectation that timber framed buildings with older
glazed facades have strength and resilience significantly
in excess of their calculated capacity. Test results for the
Avalon block indicated that failure of the glazing in the
longitudinal direction occurred at more than five times the
nominal calculated probable capacity of the building. For
the longitudinal direction, the Dominion block tests
indicated a margin of more than eight times the calculated
probable capacity and in the transverse direction two to
three times.
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Table 3: Tested Building Strengths Compared to Probable
Calculated Strengths for Full-Scale Tests
Building/
Configuration

Probable
Calculated
Strength (kN)

Avalon/Long.

27

Dominion/Long.

25

Dominion/Trans.

51

Tested
Strength
(kN)
242 (West)
220 (East)
262 (West)
225 (East)
148 (South)
122 (North)

The 2015 gymnasium wall testing provided loaddeflection behaviour for a range of bracing systems that
would be expected to be encountered in school
gymnasium side walls. Displacement-based assessment
methods are being developed that will incorporate data
from these tests.

5 CONCLUSIONS
This series of full-scale tests has improved the
understanding of the seismic performance of low-rise
timber framed construction in New Zealand in general,
and especially as it applies to educational buildings. As a
result of these testing programmes the Ministry of
Education has been able to classify many timber framed
school buildings as having a lower priority in terms of
seismic assessment and this has led to a significant cost
savings. Recommendations for improved assessment
techniques and methods for utilising the obtained data
have been developed. These recommendations and
methods will be incorporated in future national guidelines
for the seismic assessment of existing timber buildings.
Additionally it has been shown that these timber buildings
do not in general pose a life-safety risk during seismic
events.
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RACKING DESIGN FOR ALTERNATIVE TIMBER SYSTEMS
Julie Bregulla1, D Robert Griffiths2, Vahik Enjily3
ABSTRACT: The racking performance of lightweight wall systems can be based on testing and/ or design. For timber
frame walls established design approaches exist and predict performance. For lightweight wall systems other than
timber frame, the same design rules apply. The work outlined in this paper reviews test data on lightweight timberbased systems, Structural Insulated Panel systems (SIPs) and trials available design approaches. The work has shown
that the current design provisions are not fully applicable and highlights key differences. It also reviews the use of
testing data in design and the application of EN1995-1-1 racking design methods, amongst other, for such applications.

KEYWORDS: Racking, alternative wall systems, design, testing, experimental data and design

1 INTRODUCTION 123
The racking4contribution5of lightweight wall systems
impacts on the overall stability of a building. The level
of performance can be critical and influences overall
wall configuration and building layout. Racking
performance is established by testing. The following
standards are commonly used EN 594 [1] and ISO 22452
[2]). For timber frame assemblies racking performance
can also be established by design to EN1995-1-1 [3, 4]
PD 6693[5] and formerly BS5268 [6]). The applicability
of design approaches for Structural Insulated Panel
systems (SIPs) has been investigated. A programme of
work assessed the influence of wall features, such as
board, core materials, internal studding, bottom/ top
rails, and also the influence of vertical load, wall length
and openings [7]. Experimental data has been used to
examine the applicability of design approaches as
presented in BS 5268 (Part 6.1 [5]), PD 6693 [4] and EN
1995-1-1 [3], [4] Methods A and B.
The research has shown that whilst both timber and SIP
walls have commonalities in their reaction to in-plane
loading, the distinctively different panel composition of
structural sandwich walls impact on the applicability of
the timber frame design guidance.

to standard dimensions with regards to stud/ rail
dimensions, spacing of studs, the construction of vertical
board joints, the use of fixing patterns and edge nailing
distances. These factors may be non existent in sandwich
wall construction or can vary considerably depending on
the specific wall system. The three systems chosen for
this investigation are representative of systems available
the UK and vary in board and core materials, but also
with respect to top and bottom rail connections, vertical
jointing and fixing methods.

2 METHOD
The panels were tested in accordance with EN59446[1].
The loading sequence is shown in figure 1 below. The
test determines the racking strength and stiffness of the
panel. The racking strength is defined as the capacity of
a panel to resist horizontal load in the plane of panel,
whilst the racking stiffness is calculated from the panel’s
load response at approximately 40% racking strength (its
ultimate load).

The effect of board and core material, their glued bond,
the inclusion of internal stud units as well as the bottom
and top rail configuration and the effect of fixing method
have influence on the wall racking performance of
sandwich wall construction. Timber frame walls are built
1

Julie Bregulla, Building Research Establishment, UK,
bregullaj@bre.co.uk
2
D Robert Griffiths, University of Surrey, UK
3
Vahik Enjily, Enjily International

Figure 1: Loading sequence for racking testing [1]
64

The testing was completed to the previous version of the
standard (1996) which contained two stiffness cycles at
0.4Fmaxest (40% of the estimated maximum load).
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The panels were tested in purpose made rig, which
enabled the panels to be loaded vertically and
horizontally within their planes whilst allowing
horizontal racking and upward movement. Restraint was
provided against lateral deflection. A vertical pre-load
cycle was performed to ensure the proper seating of the
wall unit in the test rig. During the tests the panels were
carefully monitored for damage. Racking was continued
after failure as indicated by the maximum load to check
for recovery of the panel. Damage at this stage is
secondary but is used to indicate the weaker areas within
the overall construction. Each panel was tested under
one vertical load only. Applied loads were measured by
pressure gauges for the vertical loads, but supported by
one load cell under the leading jack, and by a load cell
for the horizontal racking load. Deflection measurements
were taken using Linear Variable Displacement
Transducers at the top front and top rear of the panel for
horizontal movement, at the bottom rear for sliding and
the bottom front for uplift. Since the sandwich walls do
not contain solid studs, as encountered in timber frame
walls, the horizontal racking loading mechanism had to
be adopted to enable the direct loading onto the
sheathings and avoiding the compression damage of the
internal soft core. A special steel angle was used, which
spanned the core and enabled to horizontal loading
sledge to apply the load to the outer facings. Another
difference between timber frame wall and sandwich wall
panels is the application of vertical load at the top of the
wall unit. In timber frame wall tests the vertical load is
applied at 600mm centres, coinciding with the positions
of internal studding of the frame. In sandwich walls,
where there are no internal studding units, the vertical
load application needs to be defined. The load was
applied evenly at points equally spaced along the top
rail. In the experimental panel system (System 2, see
tables 1 and 2), which was tested at varying lengths,
three points were used on the 1.2m panel at 0.6m
nominal spacing, five points on the 2.4m panel again at
0.6m nominal spacing and five points on the 3.6m panel
with a 0.9m nominal spacing. The total loads for the
three panels lengths were 15kN, 25kN and 35kN
respectively. The 2.4m long wall units tested for system
1 and 3 were also loaded at five points along the length
of the wall.
For the testing programme on System 2 varying length
and opening configurations were tested. For the 1.2m
and 2.4m long plain walls, separate tests were carried out
at zero vertical load and an equivalent of the 5kN/stud
load commonly used in timber frame wall tests. The
separate tests for the 1.2m and 2.4m plain panels allowed
both stiffness and strength to be measured for each
vertical load condition. The remaining walls could not be
tested fully with and without vertical load due to a
restriction of panels available for testing. A full test was
carried out at the zero vertical load and an additional two
stiffness cycles performed under the vertical load
condition. Since these tests varied from the standard test
method the adopted procedure is described below:
- vertical pre-load cycle with 1kN applied at each
load point to settle panel in the rig

-

one stabilising cycle and two cycles to 0.4Fmaxest
at zero vertical load following standard
procedures to establish elasticity in panel and
define panel set
- gauges re-zeroed followed by one stabilising
cycle and two cycles to 0.4Fmaxest for the vertical
load with vertical load applied. As in the
standard test the second cycle allows the
repeatability of the wall reaction to be assessed
and the mean performance to be established.
- gauges re-zeroed with the vertical load removed
and the panel racked to failure
By this means, extra information could be made
available without compromising other parts of the test.
2.1 SIP wall test configurations
Table 1 overviews the sandwich wall configurations
tested in this programme of work. System 1 and 2 used
screw fixings. System 3 used glued as well as nailed
connections. Systems 1 and 3 were tested in 2.4 x 2.4m
wall units, whereas System 2 was also tested at varying
lengths and opening configurations.
All panels were tested at two loading conditions: 0 and
the equivalent of 5kN/stud loads. Since System 2 was an
experimental panel system and manufactured from
prototype units the number of wall panels available for
testing was restricted and no replicates could be tested.
The panels tested at different lengths and opening
configurations could only be failed in one vertical load
condition, which was chosen to be the zero vertical load
case. This was seen as the best compromise since all
plain panel tests had shown the design of the panels to be
governed by their ultimate strength performance.
Table 1: Tested SIP wall configurations

Table 2: Overview of all tests and results
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3.3 Influence of connections
3.3.1 Bottom rail
As in timber frame, the performance of the bottom rail
and its joint with the sheathing is important. The
construction and type of the horizontal connection
influences the racking resistance of the sandwich wall in
two respects: the rigidity of the bottom rail in preventing
uplift and the shape of rail (bottom and top connection)
in restraining or allowing the rotation of the veneers of
the wall.
The findings of the programme have shown that the
design of the bottom and top rail impacts on the racking
performance and more importantly on the vertical load
reaction of structural sandwich walls. This was outlined
in [7], [9]. Whilst racking performance increases with
vertical load in timber frame, it can decrease
performance in some forms of structural insulated panel
systems, see figure 1 below.
RR (kN/m)
2.4 x 2.4 m panel

3 FINDINGS

Timber frame

3.1 Influence of board material
As in timber frame walls the veneers of a sandwich wall
are the main load resisting components in a shear wall
and their fixings to the horizontal and vertical connectors
are influential to the overall wall performance. The
board materials assessed within the programme could
broadly be subdivided into two groups, aligned with the
performance of boards in timber frame walls:
- brittle behaviour such as in cement- based
(System 1) and the gypsum-based boards
(System 2),
- ductile behaviour such as in timber-based
boards (OSB in System 3).
The characteristic board failures for both types of board
were identical to those witnessed in timber frame tests.
However, the sandwich wall results also showed that
seemingly advantageous board characteristics can be
overridden by the bottom rail design [7], [9].
3.2 Influence of core material and internal units
For the in-plane, racking loading case, the core is of less
significance to the structural behaviour of the wall. The
core material has almost no influence on the racking
resistance, provided that it is stiff enough to prevent the
faces from moving independently; a condition usually
satisfied in structural sandwich panels. Internal veneer
links do not impact the racking performance.
Improvements can only be expected when internal units
and bottom rail are connected directly so that the
rotational movement is resisted not only by the board
and its in plane shear strength but also by the internal
units acting as a stiffening uplift reinforcement (or as
compression stud at the end of the panel).

Sandwich panel Type I

0

Vertical load

25

Figure 1: Racking resistance comparison (total vertical
load in kN, RR= Racking Resistance kN/m)
Sandwich panel of type II, with wide bottom rails
restricting the movement of the loadbearing veneers,
similar performance improvement under vertical load as
timber frame. The magnitude of improvement is not the
same as in timber frame. This is also related to the rail
design and must be recognised and included in the
racking design through a “rotational restraint effect”.
This effect increases the performance of the walls at zero
vertical load but reduces the overall enhancing effect of
vertical loading, when compared to timber frame (figure
2).

WCTE 2016 e-book | 4401

Figure 2: Effect of vertical load- sandwich wall type II
(total vertical load in kN, RR= Racking Resistance in
kN/m)
3.3.2 Vertical joint
The vertical joint between two panels is of less
importance to panel performance when compared to the
bottom joint influence, especially at zero vertical load.
Generally, the stiffer the joint between panels the better
the racking resistance of the wall assembly. A vertical
joint made of glued tongues, as in System 3, are
advantageous as they connect the single panels rigidly,
reducing differential movement between the single
panels to a minimum. This rigid connection connects the
two panels to one single large panel, which increases the
racking performance of the wall. This trend in
performance enhancement was also found in timber
frame wall panels [8] with tapered board joints. In glued
sandwich panels this effect is exacerbated. This is also
apparent in wall assemblies containing openings, since
strong residual panel areas are created which form a long
continuously connected wall panel.
3.3.3 Fixing method
The fixings connecting panel veneers and bottom rail
have major influence on the panels’ strength and
stiffness performance, figure 3. Glued connections
perform well providing constant fixity to the ductile
board material. As a consequence, the System 3 panels
exhibit high stiffness and strength values in the tests,
however, due to the failure mechanisms with glues the
overall failure of the units is abrupt and extensive
damage in the glue line along the bottom rail is apparent.
Nail and screw fixings are more common. A panel’s
failure behaviour is more ductile when it is connected
using mechanical fasteners and the effect of vertical load
is more closely related to timber frame construction.
When the glued connections in System 3 were replaced
by nails the strength and stiffness of the wall unit was
reduced by 25%. Failure was more ductile.

Figure 3: Impact of glued joints

3.4 Wall configuration
3.4.1 Length
The programme of work has shown that racking
performance (as measured in stiffness and strength) of
sandwich walls increases with length and vertical
loading, figure 4. The walls exhibit an over proportional
increase in racking resistance for walls longer than 2.4m,
especially under vertical loading. This is conclusive with
the performance of timber frame walls. Further testing
would be required to fully quantify the impact of length.

Figure 4: Effect of wall length on stiffness
3.4.2 Openings
The inclusion of openings always reduced the overall
loadbearing ability of the sandwich wall. The reduction
in performance was shown to be correlated to the area of
the opening in relation to the overall area of the wall.
The performance drop between 24% and 30% opening
was not as severe as between the 16% and 24%, which
was thought to be related to the shape of opening in the
2.4m² panel, which was created by two “C” shaped panel
halves rather than cut out of the full width panel as in the
30% or 16% opening. In the 2.4m long wall including
the window opening, bending the in panel immediately
above the bottom of the opening was noticeable. At
increasing deflections the upper leading corner and the
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opposite lower trailing corner of the window opened up
and both board and core were torn. The crack opened up
with increasing deflection. However, the ultimate failure
was induced by the failing of the front fixings at the
bottom rail as before in the plain panels. In the 3.6m
long walls the window and door opening was formed by
panel pieces of varying heights, which formed lintel and
parapet wall, arranged instead of the full central panel in
the wall. The panel pieces were fixed to the vertical joint
and horizontal rails as in the full wall panels. This was
different for the 2.4m wall opening, where the aperture
was produced by cutting out half of the opening from the
leading and other half from the trailing panel, creating
two C-shaped panel pieces. The vertical joint was
discontinuous through the opening, but remained intact
above and below the window, as did the connections to
the horizontal rails. Due to the different construction of
the opening in the 3.6m long wall assemblies the failures
were slightly different and did not constitute of a tearing
failure at the opening’s edges, rather than a connection
failure, as the board was sheared by the screws mainly in
the top and bottom joint in the central area.

4 DESIGN CONSIDERATIONS
In Europe, there are a number of design standards
available to estimate performance of lightweight walls to
in-plane loading. One of those is EN1995-1-1 (Methods
A and B) [3, 4] and in the UK also PD6692-1 [5].
Method A of EN1995-1-1 [3,4] is dedicated to the
assessment of timber frame systems with a tie-down
arrangement at their end, connecting the vertical member
directly to the construction below. Systems, which only
rely on the load transfer between structural sheathing and
frame, are assessed using Method B. A limitation of this
design method is that it applies only to wood based panel
products fixed by nails or screws. Structural sandwich
walls assessed in this programme of work would fall
under assessment scope of Method B.
All design methods incorporate approximation of
material influence, consideration of vertical load
conditions, and the influence of length and openings. In
some national methods the contribution of additional
linings (for example plasterboard) and the shielding
effect of an outer cladding (such as masonry skins,
common in the UK).
The previously available design input for accounting for
vertical load (such as in BS5268 Part 6.1 [6]) have been
replaced by a moment equation evaluating the ‘net
design stabilising’ capacity of the wall configuration.
This is a recognition of the vertical loads and the
resistance of design shear capacities (per unit length) of
the perimeter sheathing fastener. The length of the wall
is represented by a combination walls of different
lengths, with the design racking strength of the wall
being evaluated in summing individual component
performances:

Figure 5: Stiffness performance of panels with varying
opening configurations

𝐹

,

= Σ𝐹 ,

(1)

,

The individual wall segment’s contribution is being
evaluated using the individual lateral design capacity of
the fastener (and its spacing), the sheathing material, the
wall length and additional contributions for secondary
sheathings. Openings are considered by considering
lengths of panels on each side of the opening as separate
panels.
The impact of the wall length is taken into account via a
𝑘 factor, for most common configurations, established
for 2.4m high wall panels as

for panel lengths: L ≤ 2.4m → 𝑘 =

.

for panel lengths: L ≥ 4.8m → 𝑘 = 1,32
and for intermediate panel lengths:
Figure 6: Effect of openings on strength performance

2.4 < L < 4.8 → 𝑘 = ( . )

,

(2)
(3)
(4)

In PD6693-1 [5] the same principle applies, but with a
separate opening factor being included:
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𝐹,

,

=𝐾

𝐾, 𝑓

, ,

𝐿

(5)

whereby
𝐾

= 1 − 1,9𝑝

𝑝=

.

A being the aggregate area of openings in m2
4.1 Materials
Where timber board materials and screws/ nails are used,
the factors proposed in design guidance address the
interaction of board veneer and fixing at the main zone
of weakness at the front of the panel. From the results
obtained the factors proposed could safely be used to
adapt the racking performance of a structural sandwich
wall. The reservation of the use of design equations to
ductile board (wood-based) materials would need to be
similarly imposed on structural insulated panel wall
systems.
4.2 Length
Under no vertical load the structural sandwich walls
exhibited principally similar length effect to timber
frame walls. As in the timber frame, sandwich walls
exhibit a reduced performance increase at wall lengths
less than 2.4m, and over proportional increase at panel
lengths more than 2.4m. The results of the plain
sandwich wall tests at zero vertical load have been
plotted in figure 6, removing the length parameter L/2.4
from the performance so that the y-axis is representative
of 𝑘 . It is seen that there is good agreement and that the
design provisions underestimate the improvement for the
3.6m wall length. The underestimation in longer panels
can be related to increased the rotational veneer restraint,
sometimes present in sandwich walls with specific
bottom rail configurations. (see figure 2). The current
Code approach is thought to be safe for use with
sandwich walls especially for wall assemblies longer
than 2.4m. The minor differences encountered between
timber frame and sandwich walls shorter than 2.4m
would need further investigation since the current results
are not numerous enough to propose a valid adjustment
factor.

The walls exhibit an over-proportional increase in
racking resistance for walls longer than 2.4m, especially
under vertical loading, which is conclusive with the
performance of timber frame walls.
The fact that the ultimate strength performance of the
wall panels under vertical loading could not be evaluated
in the testing programme, hindered detailed examination
of the length factor in combination with vertical loading.
However, since the vertical load effect reduces with
length in timber frame wall it is estimated that the longer
the wall assembly the smaller the differences in
behaviour between both types of wall, timber frame and
structural sandwich walls.
4.3 Opening
Being an indicative programme only a limited number of
specimen were available for testing and one set of
strength results were available.
The behaviour of structural sandwich walls with
openings appears to be reasonably in line with timber
frame performance expectation. Apart from the stiffness
performance of the wall unit including a 30% opening
(3.6m wall with window opening) the PD 6693 [5] were
reasonably accurate and appropriate. Initial results
suggest that timber frame guidance can be used for
approximating the effect of openings in structural
sandwich wall performance. The racking performance of
sandwich walls increases with length and vertical
loading.
In figure 7 the prediction for the reduction racking
strength performance of the perforated wall units are
compared to the findings. For completeness, stiffness
performance is included.

Figure 7: Opening factor 𝐾
axis)

Figure 6: Length consideration

(y-axis) and 𝑝 (x-

The Code predicts the behaviour of sandwich walls with
openings reasonably well. The unloaded 24% perforated
wall was least well predicted. This is believed to be
related to the way the opening was formed, in C-shape
rather than assembled from weaker, single 0.6m wide
panel units. Previous test work has shown such panels to
be much stronger than predicted by the lower bound
approach and this is confirmed by these tests [8]. For
both wall systems, timber frame and structural sandwich
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walls, the accuracy of the prediction would profit from a
less simplistic approach to opening influence.
If openings for PD6693 [5] applications are built-up
using rectangular sections (as with 3.6m SIP walls) was
the case for the 3.6m walls, the modification factors are
likely to be appropriate and relatively efficient in use.
However, if openings are cut from panels reducing the
need for short widths of board a more complex approach
to openings will be needed to take full advantage of the
improved performance.

5 SUMMARY

The racking behaviour of structural sandwich walls is
affected by generally the same factors as timber frame
walls. In both types of building systems the sheathing
board type and thickness and its fixing to the underlying
construction are the main influencing factors and
determine the racking performance and in plane
deflection of the wall. However, due to the different
framing structure sandwich walls have a wider range of
reactions under vertical loading. Whilst timber frame
panels always benefit from vertical loading structural
sandwich walls can be weakened by vertical loading.
The effect of vertical loading on structural sandwich
walls is dependent from the bottom rail configuration of
the wall, which throughout the work has been
established as the overriding design issue. Two types of
sandwich wall have been distinguished
sandwich walls horizontally linked by rails
(i)
with a bottom/ top rail, which allows the
free rotation of the veneers under in plane
loading,
sandwich walls with a bottom rail
(ii)
configuration, which restricts the free
rotation of the veneers.
Whilst vertical loading reduces the performance of the
type (i) structural sandwich walls, the single panels
interlinked by the wider bottom rail (type (ii)) profit
from vertical load similar to timber frame.

Although sandwich walls with type (ii) bottom rails have
similar performance improvement under vertical load the
magnitude of improvement is not the same as in timber
frame. This is also related to the rail design and needs to
be considered as a “rotational restraint effect”, increasing
the performance of the walls at zero vertical load and
reducing the enhancing effect of vertical loading.
The effect of length, openings and height on sandwich
wall performance have been confirmed similar to timber
frame and the modification factors suggested in design
guidance are deemed to be safe for the use with
structural
sandwich
wall
assemblies.
Further
experimental evidence should be gathered. Both type of
wall systems, timber frame and sandwich construction,
would profit from a more sophisticated approach to
account for openings. The simplistic approach adopted in
the current Codes can underestimate the performance of
walls when openings are cut out of full sized boards,
forming a C-shaped residual board area.
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CHARRING BEHAVIOR OF STRUCTURAL TIMBER ELEMENTS IN
FULL-SCALE FIRE TESTS OF THREE STORY TIMBER SCHOOL
BUILDINGS
Jun-ichi Suzuki1, Chihiro Kaku2, Tomohiro Naruse3, Koji Kagiya4, Yasui Noboru5,
Naoyuki Itagaki6, Jun-ichi Izumi7, Mariko Seki8, Teruhiko Kaku9, Yuji Hasemi10
ABSTRACT: The charring behavior of timber structural elements, such as the charring rate of timber elements and
delamination of glue-laminated timber, affects the structural stability of timber buildings. The charring rate of timber
elements varies depending on the severity of fire exposure. However, charring rates have been ordinarily investigated in
fire tests under the standard fire exposure defined by ISO 834. It is important to accumulate and analyze data on the
charring behavior of timber elements under actual fire exposure. The aim of this study was to clarify the charring
behavior of glue-laminated timber structural elements exposed to actual fire in full-scale fire tests of three-story timber
school buildings. Charred and uncharred areas of the timber structural elements were carefully observed and
investigated after the fire tests. The charring rates of timber elements in full-scale fire tests ranged from 0.6 mm/min to
1.3mm/min. The charring rates were greater than the nominal charring rates reported in past studies because of preheating and severe fire exposure.
KEYWORDS: Charring behavior, glue-laminated timber, full-scale fire test, timber building

1 INTRODUCTION123
Construction of timber buildings has been globally
encouraged to promote the use of timber material in the
building construction sector for developing a more
sustainable and environmentally friendly society. In the
project, full-scale fire tests of three story timber
buildings were conducted three times to rationalize fire
safety regulations on timber buildings in the Building
Standards Law of Japan [1–3]. Many fire tests were also
conducted to evaluate fire resistance of timber structural
elements in this project.
Understanding detailed charring behavior and charring
rates of timber structural elements in buildings in a fire is
essential to estimating the load-bearing capacity of
timber structural elements in fire resistance design. It is
also important to analyze fire patterns, propagation, and
damage in fire investigations.
The charring behavior of timber elements exposed to fire
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has been investigated in past studies for many years [4–
9]. As a result, standards, building codes and handbooks
related to the reduced-cross section method for timber
structural elements in a fire have been published [10–
14]. However, fire tests for determining the charring
rates in these studies were mainly conducted under
standard fire exposure conditions defined by ISO834
[15], EN1363-1 [16] or ASTM E119 [17].
The charring rates of timber elements in a natural fire are
differ from those in the standard fire tests, depending on
fire compartment conditions such as temperature, flow of
flame or hot gas, and oxygen concentration [18]. There
are several studies of charring rates under non-standard
or parametric fire exposure [19–23], but research on the
charring rates in natural fires is limited [24, 25].
The objective of this study was to acquire knowledge
and data for developing evaluation methods for fire
resistance assessment in timber buildings and for fire
damage investigations. This study focused in particular
on the charring behavior of timber structural elements in
the full-scale test buildings, such as glue-laminated
timber columns and girders, subjected to natural fire
exposure in second (preparatory) and third (final) fullscale fire tests.
The residual cross-sections of the heated timber elements
in fire compartments were carefully observed after
extinguishing the test fires. Fire resistance tests of timber
columns and joints in a furnace were also conducted to
obtain the temperature distribution in timber elements
and to compare the charring behaviors under different
fire conditions.
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This paper provides detailed data on the full-scale fire
tests of timber buildings and discusses the characteristics
of charring behavior in full-scale and standard fire tests
in comparison with charring behavior and temperature
distributions under different fire severities.

2 EXPERIMENTAL METHODS

compartments were of steel construction, because a
firewall and fire doors (E60) isolated interaction between
fire compartments and adjacent compartments. Joints
(J1) between columns (C1) and girders (G1) in the Xdirection were of wood-steel-wood (WSW) connection
with steel dowels (Figure 5).
Table 1: Configuration of timber structural elements

2.1 Outline of full-scale building fire tests
Full-scale timber construction building specimens
(Figure 1) replicated a typical three-story school building
with open spaces in Japan, and were constructed to
evaluate fire safety performance. Three full-scale fire
tests of timber buildings were conducted for
amendments to building fire safety codes in Japan [1–3].
This section describes the specifications and test
conditions of the preparatory and the final tests.

Symbol
C1
G1, G2
B1
J1

Dimension
GLT specification
(unit: mm)
Species, classification
Column:650 × 220
Japanese Larch, E105-F300
Girder: 650 × 220
Japanese Larch, E105-F300
Beam: 350 × 220
Japanese Cedar, E65-F225
Wood-steel-wood connection with steel dowels
Thickness of steel plate: 9 mm
Diameter of steel dowel:  16 mm

Table 2: Configuration of timber structural elements (note 1,2)
Configuration
Fire compartment
Structural
timber elements

Separating
elements

Figure 1: Exterior view of a full-scale building in the
preparatory test

2.1.1 Common specification of building specimens
Figure 2 shows floor plans of the building specimen.
Figures 3 and 4 show a cross-section of the specimen.
The building specimens were about 34 m wide, 12 m
long, and 14.7 m high (X–direction: four bays; Y–
direction: three bays). The floor height of the first and
second floors was 4 m. The girder height and ridge beam
height from the third floor height were 3.5 and 5.3m.
Total floor area of the building was 852 m 2 . The
building specimens comprised one staff room, four
classrooms, one staircase, corridors, and adjacent
compartments divided by a firewall.
The staff room (fire origin) was located in the main part
of the first story. The staff room was 16 m wide and 9.5
m long. Classrooms with an open space were located on
the second and third floors. The classroom was 8m wide
and 8m long.
The main openings of the staff room and classrooms on
the south and north exterior walls in each bay were 1.87
m high and 6 m wide.
The building’s framework in the structural planes in the
X-direction was timber moment frame composed of
glue-laminated timber structural elements (heavy timber)
of Japanese larch (Larix kaempferi). Table 1 lists other
specifications. The structural planes in the Y-direction
were composed of timber shear walls and girders of
Japanese larch. All beams were glue-laminated timber
(GLT) of cedar (Cryptomeria japonica). Adjacent

Balconies, eaves

Fire protection
Interior finish*2

Fire load,
live load
Fire origin

Preparatory test
Final test
Staircase, adjacent compartment
Reduced-cross-section design
Charring depth: 45mm
(after 60min fire exposure)
Load- bearing wall: R60,I60,E60
Non-load- bearing wall: I60,E60
Floor: R60, E60, I60
Firewall: R+60 *1
Fire door:E60
Glazing on the walls: not rated
1.5m long
None
Ceiling: GB-F(V),
Ceiling: GB-F(V),
12.5mm ×2
12.5mm ×2
GB-R 9.5mm
Wall: GB-R,
Wall: GB-R,
12.5mm ×2
12.5mm ×2
Wood 12mm
Flooring: Wood,
Flooring: Wood,
40mm in total
40mm in total
Staff room: 700 MJ/m2
Classroom: 400MJ/m2
Installed combustibles: Wood crib and actual
combustibles (personal computers, school
desks, chairs etc.)
A corner in the staff room in Figure 2

2.1.2 Fire measures and test condition in the
preparatory and final tests
Table 2 shows the fire measures considered in the fire
resistance design and test condition of building
specimens in the preparatory and final tests. Structural
stability of the timber frames and timber structural
elements was evaluated using a reduced-cross-section
design method to ensure the load-bearing capacity of the
elements against design live and dead loads as specified
in the Building Standards Law. The charring depth from
fire exposure surfaces of timber elements was 45mm for
continuous fire exposure at 60 min in the reduced-crosssection design.
The fire rating of the walls and floors as fire separation
in the building specimens were of 1-hour quasi-fire
resistive construction (see note 1).
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4000
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1500
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4000

Corridor
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4000

Eaves

Y4
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for temperature measurement

1500

Y1
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4000

8000

X1

8000

X2

1322
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3000
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X1
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Figure 2: a) First-story and b) second- and third-story floor plans of the building used in the preparatory test
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Figure 3: A–A section of the building used in a) the preparatory test and b) the final test
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▽Top of firewall (H = 15.15m)
Ridge beam(G1:220×500)
▽Top of roof(H = 14,7m)
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Figure 4: B–B section of the building used in the final and preparatory tests
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An unloaded mock timber column (Figure 6) was placed

a)mock column in the preparatory test

2000

2.2 Mock timber column for temperature
measurement in full-scale tests

Figure 6: A mock column for temperature measurement in the
staff room

Total height:3350

That of the firewall with structural independence against
load and external forces was a 1-hour fire resistive
construction. Projections from the façade in the
preparatory and final tests were 2 and 0.5 m, respectively.
Fire doors in the separation walls of the staircase and the
firewall had an E60 fire rating. Glazing on the exterior
walls in both tests was aluminum-framed glass
assemblies that had no specific fire resistance.
The tests differed in the interior finish and installation of
the projections from the exterior walls, such as eaves and
balconies.
In the preparatory test, horizontally oriented projections
from the exterior wall, such as 1.5-m-long eaves and
balconies, were designed to prevent fires on the first
floor from spreading upward. However, the building
specimen in the final test had no horizontally oriented
projections.
Interior finishing materials in the staff room and
classrooms in the preparatory test were noncombustible
material. The finishing materials of interior walls and
ceilings were GB-R and GB-F (V), respectively (see
note 2). The flooring material was wood. The column,
girder, and beam surfaces were not covered with fire
protective materials except for surfaces inside the ceiling
void, surfaces facing the void were indirectly covered
with fire protection on the underside of the floor element.
The finishing materials of walls and ceilings in the final
test were wood and GB-F (V), respectively. The flooring
material was wood. Columns and girders except for
beams were not covered by fire protection. Beams and
surfaces facing the ceiling void were covered with fire
protection
Fire loads including live load in the staff room and
classrooms were 700MJ/m2 and 400MJ/m2. These values
were determined by survey results regarding school
buildings in Japan [1–3]. Wood cribs and actual
combustibles such as personal computers, school desks,
and chairs were installed in the rooms. The surface and
density of combustibles were adjusted to be equal to the
mean of the survey results.
The tests began by setting fire to combustibles in a
corner of the staff room (Figure 2 a)). To investigate the
damage of building elements, fire extinguishment ended
the tests before the building specimens began to collapse.

Figure 8: Loaded column specimen for furnace tests: a) A-A
section of column with WSW connection, b) B-B section of
column with WSW connection, and c) B-B section of column
with pin ends.
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in the staff room to measure the charring rate of
structural elements under natural fire conditions in the
full-scale tests. The material and dimension of the mock
column were the same as that of C1 in Table 1. Figure 7
shows a cross-section and the thermocouple locations in
the mock column. Type-K thermocouples were used to
measure temperatures in the timber element.
Thermocouples were installed at 2.7 m height from the
floor.
2.3 Fire tests of timber columns under standard fire
exposure
Fire resistance tests were conducted on the loaded timber
columns shown in Figure 8 to understand the charring
behavior and collapse mode of timber columns under the
standard fire exposure specified in ISO 834-1.
A configuration and specification similar to that of the
columns (C1) was adopted fort that of the loaded column
specimens. The density and moisture content of the
timber elements were 0.46 g/cm3 and 11.1%,
respectively.
Figure 7 c shows the cross-section and thermocouple
location of the loaded column specimen. Type-K
thermocouples were used to measure temperatures in the
specimen. The thermocouples were installed was at a
height of 2.0 m from the bottom of the column.
Two types of end supports were arranged for the
specimens. One was a fixed end with the WSW
connection at the bottom and the pin end at the top. The
other had a pin end at both ends. The buckling length of
the specimens was 3.35 m.
The applied load at the center of the specimens was 133
kN, which was determined to be in accordance with the
load on the timber column at X3Y2 in the staff room in
the building specimen. The applied load and axial
displacement were also measured during the tests.

3 RESULTS AND DISCUSSION

3.1 Summary of the preparatory test
In the initial phase in the preparatory test, the fire
reached the ceiling along the wall near the ignition point
5 min after setting fire to wood cribs. However, the non-

Figure 9: Fire growth in the staff room in the preparatory test
at a) 4min, b) 84min, and c) 87min (immediately before
flashover)

Figure 10: Fire growth in the staff room in the final test at a)
40min, b) 50min, and c) 66.75min (immediately before
flashover)

combustible interior finish of the walls and ceiling
prevented rapid growth.
Localized combustion of the wood cribs continued for
50min and decayed because the oxygen in the
compartment and the wood cribs was consumed. The
average temperature in the staff room was around 120 °C.
To develop the fire, other wood cribs around X2Y1 were
intentionally ignited using torches. After that, the fire
grew with the increasing temperature in the staff room.
Finally, flash-over occurred with huge ejected flames
from south-side openings about 87 min after first
ignition with the glazing cracking and falling off.
The fire spread to the corridor at around 90 min and
flame ejected from north-side openings at around 103
min. The flame from both sides of the openings was
beyond the middle height of the openings on the second
floor immediately after the fire ejected.
As the fire developed with the temperature increase in
the first floor, the ejected fire grew and reached the
height of third-floor balconies.
Failure of glazing on the second floor at 97min resulted
in dense smoke and hot gasses flowing into classrooms
and open spaces from the openings. However, balconies
and eaves protruding from the exterior walls prevented
flames from burning combustibles on the second floor.
A part of the floor element just above the ignition point
on the first floor lost its thermal insulation and integrity
at about 127 min. Fire through this failure spread rapidly
over the second floor and burnt all combustibles preheated by hot gasses.
Ventilation through the floor generated a huge flame
from second-floor openings because openings on first
floor provided the intake of fresh air and second-floor
openings served as outlets. This caused fire propagation
to the third floor through these openings at around 137
min. Fire extinguishing started at 142 min because of
safety issues, namely to avoid fire brands from scattering
over the experiment site.
Observations after the preparatory test provided evidence
that smoke leaked from joints between building elements
and fire doors but the staircase and the adjacent
compartment remained intact during the fire exposure.
Almost all of the first and second floors except the
staircase and the adjacent compartment were burnt. Part
of the third floor around the openings was burnt.
Fire extinguishment of the building specimen was
conducted using a volley of three water cannons and five
portable fire hydrants rom two sides of the building.
Firefighting continued for 20 min until the fire was
suppressed. The fire was completely extinguished by
small-scale firefighting over another two days.
3.2 Summary of the final test
In the initial stage of the final test, fire from a methanol
pan firstly spread to the timber-finished wall and reached
the ceiling near the ignition point 3 min after ignition.
However, the non-combustible ceiling finish prevented
rapid fire growth. The fire source naturally exhausted
itself without the fire spreading to surrounding
combustibles.
To restart the experiment, another fire source and
charred wood cribs were reset at the same location and
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Figure 12: Fire damage to buildings in the final test
Table 3: Charred and uncharred area of typical structural
elements in the full-scale fire tests
Charred and uncharred area of structual elements
Fire
exposure
Column
Girder
Beam
(Horizontal section) (Vertical section) (Vertical section) time(min)

57

(13)

(54)

16)

X3,Y3-4
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30

44
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29
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Outside

21
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4
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(18)
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Classroom

Classroom
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(7)

47
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9
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Final test
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(61)

(62)
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X3Y4
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7
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Figures 11 and 12 show photographs of the building
specimens after the fire tests. Table 3 shows drawings of
timber structural elements subjected to two types of
natural fires.
In the preparatory test, observations from the outside
showed that the aluminum frames and sashes of the
openings on the first and second floors had melted.
Those on the third floor were somewhat damaged, but
were in their original position. Almost all external
facings on the balconies except those on the third floor
were falling off, and plywood substrate boards of the
balconies were charred. The exterior wall’s finish on the
north side of the building was less damaged because the
eaves on the wall maintained distance between the flame
trajectory and the exterior surface.
Careful observations of cut sections of structural
elements from the first floor showed that the fire damage
was severest in structural timber elements. Part of the
building near the fire origin (X2–X3, Y1–Y3) had more
severe damage than other parts (X3–X4, Y1–Y3). The
floor element on the second floor above the staff room

Figure 11: Fire damage to buildings in the preparatory test

space

3.3 Fire damage of structural elements in the fullscale fire tests

(X2–X4, Y2–Y3) was completely burnt. Columns,
girders, and beams were also severely burnt. The
charring depths of columns, girders and beams were 50–
70mm, 20–70mm and 20–70mm, respectively. The
charring area of the column at X3Y3 was the largest.
The charring depths on surfaces protected by gypsum
boards were shallower than those of un-protected

Open

ignited again at 20 min from the first ignition. The fire
spread to the ceiling again at 24 min, and the
surrounding wood cribs caught fire around 27 min. After
that, the burning wood cribs and the timber-finished wall
near the cribs burned continuously with the increasing
temperature in the staff room.
At around 65 min, the fire spread horizontally under the
ceiling with combustion rapidly growing. Flashover
finally occurred at 66.5 min.
Huge flame ejected from the south-side openings about
78 min after the first ignition with the glazing cracking
and falling off. The flame reached the eaves of the roof.
The glazing on the second-floor openings was broken
and failed in integrity by thermal shock from the huge
flame. The failure of the south-side glazing allowed
dense smoke and hot gases to flow into the classroom.
The failure of the north-side glazing also resulted in
flame flowing into the open space on the second floor at
82 min. Classrooms and open spaces were thoroughly
burnt at 87 min with flame ejecting from second-floor
openings. The fire spread to the third floor just after
flashover on the second floor. The experiment continued
using a third-floor sprinkler system, which was installed
to prevent an out-of-control whole-building fire.
Observations after the final test provided evidence that
almost all the first and second floors except the staircase
and adjacent compartment were burnt. Part of the third
floor around openings was also burnt. The staircase and
adjacent compartment remained intact during fire
exposure but the surfaces of combustibles near the fire
door in the stair case were charred.
Fire extinguishment of the building was conducted at
155 min in nearly the same way as in the preparatory test
using water cannons and portable fire hydrants from two
sides of the building. Firefighting continued for 10 min
until the fire was suppressed. The fire was completely
extinguished by small-scale firefighting over another two
days.

Open space

70

3.4 Temperatures and heat flux in and around
columns

ൌ ߪߝܶܨ

ସ

T‐1,8,49,56
T‐3,6,51,54
T‐9,16,41,48
T‐11,14,43,46
T‐17,24,33,40
T‐19,22,35,38
T‐25,32
T‐27,30

(1)

Where  = the Stefan-Boltzmann constant (5.67 × 10-11
kW/m2), ε = emissivity (1.0), F = view factor (1.0), ܶ =
temperature in the staff room.
In the preparatory test, the temperatures in the staff room
gradually increased from 100 to 200 °C until flashover
occurred; the heat flux was less than 4 kW/m2.
The temperature increased to 400 °C at 87 min. The
temperature and heat flux soared after flashover to
1100 °C and 290 kW/m2, respectively. The severity of
fire exposure after flashover remarkably exceeded the
nominal standard fire defined by ISO 834. The radiative
heat flux calculated by Equation (1) had good
accordance with the data obtained until 100 min.
Convective heat flux of hot gasses in the staff room
caused a gap between the values. The difference was 38–
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Figure 13: Temperatures in the staff room and mock column in
the preparatory test
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Figure 14: Temperatures in the staff room and mock column in
the final test
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Figures 13 and 14 show temperatures in the staff room
and mock columns in the two building specimens.
Typical temperatures in the mock columns are also
plotted. Figure 15 shows incident heat fluxes at desktop
height around the mock specimens, where were installed
600–700mm above floor level. Radiative heat fluxes ݍᇱᇱ ,
as simply calculated by Equation (1), are also plotted in
Figure 15.
ݍᇱᇱ ሺܶሻ

1200
1100
1000
900
800
700
600
500
400
300
200
100
0
0

Temperature (℃
℃)

surfaces.
The wood substrate boards of the floor element in X2–
X4 were charred but not burnt out. Those above the
corridor were scarcely charred. The charring of structural
elements around the corridor was less than that in the
staff room.
Un-protected surfaces of the structural elements on the
second floor were charred, but surfaces of the structural
elements protected by gypsum boards, which composed
the floors and walls, were uncharred. The char depths of
the structural elements were about 30 mm.
Structural elements on the third floor were only
discolored or slightly charred.
After the final test, observations from the outside
showed that the aluminum frames of openings had
melted, and almost all external facings were falling off,
because the ejected flame spread along the surfaces of
exterior walls without projections.
The floor element of the second floor above the staff
room (X2–X6) was completely burnt out. The columns
and girders on the first floor were also severely burnt.
The charring depths of the columns and girders on the
first floor ranged 40–70 mm and 20–70mm, respectively.
The charring area of the column at X3Y3 was the largest.
Fire protection on the beams mitigated charring, which
ranged from 5–30 mm deep.
The charring depths of the columns, girders, and beams
on the second floor ranged 30–60 mm, 15–70mm, and
1–20mm, respectively.
The wood substrate boards of third-floor elements were
charred, but not burnt out. The structural elements on the
third floor were only discolored or slightly charred
because of activation of the sprinkler system.

Temperature (℃
℃)
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Figure 15: Heat flux at desktop height in the staff room

129 kW/m2, and 78 kW/m2 on average; convective heat
flux was relatively large in the preparatory test.
The mock column in the preparatory test was heated by
the hot gasses, but did not burn until flashover.
Combustion of the column after flashover was
supposedly dominated by thermal decomposition under
low oxygen conditions.
Figure 13 shows the temperatures in the mock column in
the preparatory test with each line showing the average
temperatures of thermocouples at geometrically
symmetric positions. The temperatures of the column at
25 mm below from the surface gradually increased to
70 °C when flashover occurred. The temperatures
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full-scale fire tests. The charring rate was defined as the
ratio between the time to reach a charring temperature
and the depth from the exposed surface. The charring
temperature is taken as 260 °C [see note 4]. The
estimated charring depths of the columns with WSW
connection and pin ends were 67 and 81 mm,
respectively.
The charring rates of the mock column ranged from 0.95
mm/min to 1.3 mm/min in the preparatory test, and from
0.69 mm/min to 1.3 mm/min in the final test. The
approximate charring rate under the standard fire
exposures was around 0.69 mm/min.
The charring rates in the full-scale tests were much
greater than those of the columns under standard fire
exposures. Reasons for this include the effect of preheating before the flashover and the severe fire intensity.
Similar charring behaviors were observed the full-scale
tests just after flashover. However, the charring rates in
neither the shallow area nor near projected column
corners became slower with the decrease in the
surrounding temperatures in the final test.
Figure 20 shows drawings of a residual cross-section of
the columns. The charred area and residual section of the
timber elements in the structural frame were carefully
observed and traced after the fire tests. The dimensions
of uncharred element areas were similar despite the
different fire durations and fire severities.
1200
1100
1000

3.5 Temperatures and structural behavior in
columns in the furnace tests
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Figure 16: Temperatures in the timber column with pin ends
under the standard fire exposure of ISO 834
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Figures 16 and 17 show the temperatures in the columns
specimens under standard fire exposures. Comparison of
temperature increases at same depths between specimens
shows that temperatures in the column with pin ends
were somewhat greater than those with WSW
connection. Difference in cracks in laminas or joints
between laminas might affect the temperature increase.
Figure 18 shows the vertical displacement of the
specimens. The vertical displacement of the column with
a WSW connection was similar to that of the column
with pin ends until 60min. The column with WSW
gradually contracted and collapsed at 96.5 min. The
timber covering the steel plate of the WSW connection
charred earlier than did the general cross-section, due to
heat transfer through the steel plate, dowels, and gaps
between the steel plate and timber. The rapid charring
resulted in the connection fracturing. The column with
pin ends collapsed at 117.5 min, due to total buckling.
Figure 19 shows estimated charring rates of the columns
specimens in the furnace tests and mock columns in the

D‐25 T ‐7
D‐80 T ‐11
D‐50 T ‐15

900

Temperature (°C)

rapidly increased to 800–970 °C after 105 min. The
temperatures at 50 and 60 mm depth rapidly increased at
120 and 130 min, respectively. The temperatures at 70
mm depth were around 120 °C. The temperatures started
to decrease after fire extinguishment at 142 min.
In the final test, the temperatures in the staff room were
lower than 100 °C until flashover occurred. The
temperature increased to 400 °C at 66 min, and the heat
flux reached 21 kW/m2. After flashover, temperatures
and heat flux increased to 1100 °C and 280 kW/m2,
respectively. The radiative heat flux calculated by
Equation (1) had good accordance with the data obtained
until 86 min. Convective heat flux of hot gasses in the
staff room also caused a gap between the data obtained
and the values calculated by Equation (1). The
temperatures decreased after 92 min because almost all
wood-finished materials in the walls and floor were
burnt out, but combustibles continued to burn until fire
extinguishment started.
Similar behavior was observed in the final test; the
intensity of the fire in the final test was somewhat
weaker than that of the preparatory test.
Figure 14 shows the temperatures in the mock column in
the final test. The mock column in the final test was
heated by hot gasses, but did not burn until flashover.
Temperatures at 10 mm depth were about 20 °C below
ambient temperature at 65 min. Temperatures of the
column at 25 mm depth from the surface had gradually
increased to 40 °C when the flashover occurred.
Temperatures at 10 mm depth rapidly increased to
1000 °C after 75 min. Temperatures at 25 mm deep
sored at 85 min.
Temperatures at 70 mm depth were around 120 °C.
Temperature measurements in the final test failed at
around 137 min because of breaking thermo-couple
wires.
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Figure 17: Temperatures in the timber column with WSW
connection under the standard fire exposure of ISO 834
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Figure 18: Vertical displacement of columns under the
standard fire exposure of ISO 834
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*1: Quasi-fire-resistive Construction and Fire-resistive
Construction are defined in the Building Standards Law
of Japan., as follows:
Quasi-fire-resistive construction shall have fire
resistance (R, E and/or I) for a specific fire duration
without a cooling phase under the standard fire exposure
described in ISO 834-1. Building elements of Quasi-fireresistive construction are classified into 45- or 60minute fire ratings.
Fire-resistive construction shall have fire resistance for a
specific fire duration with a cooling phase. The fire
ratings of fire-resistive construction are 30, 60, 120, or
180 minutes. The rating of fire-resistive construction is
described as R+ (time) in this paper.
*2: GB-R and GB-F (V) are types of gypsum board. GBR stands for Gypsum Board, Regular Type. GB-R is not
reinforced with glass fiber. GB-F (V) stands for Fireresistant Gypsum Board with Vermiculite. GB-F (V) is
reinforced with glass fiber. The minimum densities of
GB-R and GB-F (V) specified in JIS A 6901:2014 are
0.65 and 0.75 g/cm3, respectively.
*3 JAS [27] specifies the definition and classifications of
glue-laminated timber (GLT). The symbols of GLT,
such as E105-F300 or E65-F225, indicate mechanical
properties. E105 means that Young’s modulus for
bending is 10.5 GPa on average, and F300 means that
bending strength is 30.0 MPa on average.
*4 The decomposition or self-heating temperature of
Japanese cedar and larch planks was under 260 °C [28–
30]. A temperature of 260 °C is also used as a criterion
for fire safety design in Japan because the ignition
temperature of low density wood is approximately
260 °C.

Pin‐Pin

40

(65)

The charring behavior of the timber elements in fullscale fire tests was carefully investigated to obtain the
data for understanding differences in fire resistance
between natural fires and the standard fire exposures.
The charring rates of structural timber elements in the
full-scale fire tests ranged from 0.69 – 1.3mm/min, while
those under the standard fire exposures by ISO 834-1
were 0.69 mm/min. The charring rates immediately after
flashover became much greater than the nominal
charging rate (0.6–0.8mm/min) under standard fire
exposures and past studies due to pre-heating and the
severe fire intensities in natural fires.

The project was conducted by Waseda University, Akita
Prefectural University, Mitsui Homes Inc., Sumitomo
Forestry Inc., Gendai Keikaku Kenkyujo Architects &
Partners, Building Research Institute and National
Institute of Land Infrastructure Management.

(64)

4 CONCLUSIONS
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The actual fire durations in the full-scale fire tests were
converted to estimate the fire duration under standard
fire exposure. To obtain the fire duration under standard
fire exposure, the charring depths were divided by a
charring rate of 0.69 mm/min, giving converted fire
durations in the full-scale fire tests of about 73–93 min.
Comparing the charring depths of the columns in furnace
tests with those of the columns in the full-scale tests
shows that the column had a sufficient load-bearing
capacity to withstand the actual load in the full-scale fire
tests.

Figure 20: Residual cross-section of the mock columns at a)
H=2,400 mm from the floor in the preparatory test, and b)
H=2,300 mm from the floor in the final test (unit: mm)
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WOOD CHAR DEVELOPMENT AND TEMPERATURE PROFILE OF
INTUMESCENT FIRE RETARDANT COATED NORWAY SPRUCE
Wil ri d B i ir h r1, Anton Kral r2, Hans t r Gass r2
ABSTRACT: Fire retardants and intumescent coatings are effective in reducing different reaction to fire parameters of
wood such as the ignitability, the heat release, the burning rate and the flame spread. These parameters are relevant for
the classification of materials with regard to the reaction to fire behaviour according to European or international
Standards. Most products enhance wood, which typically falls into class D-s2,d0, into the European class B-s2,d0
according to EN 13501. This paper discusses the development of the charring border and the temperature profile of
Norway spruce ( icea a ies .) coated with transparent and pigmented intumescent coatings in comparison to uncoated
wood as reference material. The tests were performed by using the cone calorimeter test according to ISO 5660 with the
heat release rate 50 kW/m² and the adapted ISO 834 test curve. The results show, that intumescent coatings on wood
reduce significant the charring rate and the temperature in the substrate and protect the wood from ignition in comparison
to uncoated reference material. The tested transparent and pigmented intumescent coating behaves similar.

KEYWORDS: Cone calorimeter tests, Norway spruce, Charring rate, temperature profile, intumescent coatings

1 INTRODUCTION 123
Because of the natural combustibility the use of wood is
limited by various safety requirements and regulations
pertaining to its flammability and spread of fire
characteristics. However, wood and wood products can be
used safely by improving their fire performance which
includes
chemical,
biochemical
and
physical
modification. Intumescent coatings offer a passive
protection against heat and flame spread by increasing
their thickness by 50 to 200 fold under the influence of
heat. They build up a multicellular structure of low
thermal conductivity that delivers an efficient heat barrier.
In addition, endothermic chemical reactions take some
heat away from the protected material [1][2] . The Cone
Calorimeter is the most significant bench scale instrument
in the field of fire testing, especially for fire retardants and
fire protective coatings. Cone calorimeter test results acc.
ISO 5660 [3] can be used as a prediction for the results in
the SBI test according to EN 13501-1 [4] for the fire
behaviour classification of wood [5].
As for gypsum plasterboards the protection time under
fire load is widely investigated and documented [6], for
wood coated with intumescent fire protective coatings
little information could be found concerning the
temperature profile of wood coated with intumescent fire
protective coatings [7]. The determination of the
1

Wilfried Beikircher, University of Innsbruck - Unit for
Timber Engineering, Technikerstr. 13, 6020 Innsbruck;
wilfried.beikircher@uibk.ac.at

temperature profile for wood coated with intumescent fire
protective coatings should give information about the
protection time and the start of charring time under fire
load. Charring rate refers to the rate resulting by taking
into consideration the wood conversion into char and it is
a very important element in determining the fire resistance
of structural elements exposed to fire. When the charring
rate is known, it is possible to find the thickness of the
char layer, e.g. by consulting the Eurocode 5 [8], at any
given time during the fire. Practically the char layer is
considered to have no strength and therefore the
remaining cross-section and stability of the structural
elements can be calculated [8].The definition of the base
of the char layer is widely accepted between 280 and
300°C, with 300°C defined in EN 1995-1-2 [8]. For
unprotected wood the EN 1995-1-2 define a constant
charring rate e.g. for softwood 0,65 mm/min and for
protected wood the charring rate has to be calculated with
two fold until 25 mm are burned. After these 25 mm char,
the charring rate for the rest can be calculated in the same
way as for unprotected wood.
The cone calorimeter test of wood coated with
intumescent fire protective coatings should give
information of the protection time resp. the charring rate
under fire load.

2
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determined according to ISO 3130 [12] and ISO 3131
[13].

2 Mat rial and M thods
2.1 Mat rials
One uncoated reference series and two intumescent fire
protective coated test series made of defect free Norway
spruce ( icea a ies
were cutted into 100 mm by 100
mm squares with a thickness of 40 mm. For all tests three
replications were performed s. Table 1. The underlying
wood was selected that way to have twin samples made
out of three different boards (A, B and C) generate
comparable results. The samples were prepared for testing
perpendicular to the grain orientation in the tangential
direction. Therefore the heated surface of the material was
the radial section. Commercial intumescent fire retardant
coatings was chosen instead of model formulations so that
the effects of single chemicals and other additives are
included in the fire Based on the average of three
experiments the results were calculated for each test
series.results. Previous investigations on products of
different manufacturers showed; that the behavior under
fire load of different applied products behave similar [7].
The products were selected like this, that they fulfil the
reaction to fire class B according to European standard EN
13501-1[4]. The water based formulations, one
transparent coating and one white pigmented, were
provided by the same manufacturer. The coatings were
applied by roll-on with the quantity as described in the
technical data sheet of the manufacturer ; Datasheet 1[10]
and Datasheet 2 [11].
After coating, the samples were conditioned at laboratory
conditions at 65 % RH and 20 °C for at least four weeks
prior to test to meet equilibrium moisture content. Prior
testing the moisture content and the density was

For the determination of the temperature profile within the
sample thermocouples (Type-K) were placed in different
depth measured from the exposed surface. The
thermocouples were positioned at the depth of -1 mm, -3
mm,-6 mm, -9 mm, -12 mm, -15, -18 mm and on the back
site of the samples at – 40 mm. On top -1 mm and the back
site of the sample -40 mm only one thermocouple was
placed and in the other depth three thermocouples were
positioned s. Figure 1. For the cone test the specimen was
placed in an aluminum foil with a lip 5 mm above the top
surface of the sample.

Figure 1: osition o the thermocouples in the sample

Table 1: Summary of the performed tests and applied coating material

Coating
Test series

Test replications

irradiance

Type

Ref_50 kW/m²

3

50 kW/m²

none (Reference)

Transp_50 kW/m²

3

50 kW/m²

transparent

300

1800 s

Pigm_50 kW/m²

3

50 kW/m²

pigmented (white)

350

1800 s

Ref_ISO 834

3

ISO 834 test curve

none (Reference)

0

1800 s

Transp_ISO 834

3

ISO 834 test curve

transparent

300

1800 s

Pigm_ISO 834

3

ISO 834 test curve

pigmented (white)

350

1800 s

2.2 M thods
The flammability parameters and the temperature profile
of the coated wood samples were characterized with a
cone calorimeter. Experiments were performed according
ISO-5660 to a heat flux of 50 kW/m² and the simplified
ISO 834 [14] test curve s. Figure 2 with the adapted
Conical Heater from Fire Testing Technology (FTT) and
the electric spark igniter was used for piloted ignition. The
data reported here was obtained using with respect of the

g/m²
0

Testing time
1800 s

requirements on the Cone Calorimeter Test as described
in accordance to the guidance in ISO 5660-1 [3] on
choosing a heat flux for cone calorimeter
experimentation.
In this study the focus was to determine the time to
ignition and the temperature profile and the wood char
development within the substrate. The gas analysis and
mass loss were not part of the investigations.
The tests were performed in the horizontal orientation,
with the conical radiant heater located above the
specimen. The distance between the cone heater and the
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moisture content was determined prior to testing and is
shown in Table 2. As twin samples were used for the tests,
the results are shown related to the single boards.

specimens were 2.5 cm for the uncoated reference series
and 6.0 cm for the coated samples. The irradiance was
adapted for these different distances. The time measured
for ignition is the time until a flame, induced by the spark
igniter, is visible. When ignition or temporary flame
occurred, the time was recorded and the spark power and
the igniter were removed.
Prior to placing the specimen in the sample holder, the 16
thermocouples (Type K) were inserted in tiny long holes
at the interface of the wood sample s. Figure 1.

Table 2: Density and moisture content of the samples tested

Board A
Board B
Board C

Density ρu [kg/m³]
Mean.
SD
435
25,72
440
29,15
530
5,08

MC [%]
Mean.
SD
11,8
0,34
11,8
0,39
12,6
0,29

The temperature profiles show the protection effect of the
fire protective intumescent coatings s. Figure 3 to Figure
8.The results in the diagrams show the average of the
thermocouples placed in the samples for different depth
and the temperature development over 30 minutes testing
time.
Differences between the applied irradiances (50 kW/m²
and ISO 834 test curve) are remarkable by comparing the
temperature profiles for the pigmented series s. Figure 5
and Figure 6. The temperatures in the wood samples
exposed to 50 kW/m² irradiance are higher for the whole
testing time as those for the samples exposed to the ISO
834 test curve. For the uncoated and transparent coated
series the differences are not that evident.

Figure 2: Regulation steps or the stan ar
test cur e
an the etermine constant temperature to get
k m at
the
mm istance o the sur ace e position in the cone
calorimeter

3 R sults
Based on the average of three experiments the results were
calculated for each test series. The density and the

Table 3: Time to ignition of wood by using the cone calorimeter test with 50 kW/m² heat radiance an the adapted ISO 834 test curve

Time to ignite [s]
Sample
1

Ref.
16

50 kW/m²
Pigm.
690

2

19

453

329

369

1311

773

3
mean

20
1

585

520
1

231
31

1265
12

1025

Transp.
706

ISO 834 test curve
Ref.
Pigm.
Transp.
344
1192
1107
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Figure 3: emperature pro ile at i erent epth an times or the uncoate re erence material at

k

m e posure

Figure 4: emperature pro ile at i erent epth an times or the uncoate re erence material at the a apte
e position in the cone calorimeter

test cur e
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Figure 5: emperature pro ile at i erent epth an times or the pigmente intumescent coate material at

k

m e posure

Figure 6: emperature pro ile at i erent epth an times or the pigmente intumescent-coate material at the a apte
test cur e e position in the cone calorimeter

Figure 7: emperature pro ile at i erent epth an times or the transparent intumescent-coate material at

k

m e posure
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Figure 8: emperature pro ile at i erent epth an times or the transparent intumescent coate material at the a apte
test cur e e position in the cone calorimeter

Figure 9:

Figure 10:

oo char epth a ter i erent time steps a ter

k

m e posure

oo char epth a ter i erent time steps a ter the a apte

test cur e e position in the cone calorimeter
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The wood char at different time steps are shown in Figure
3 and Figure 10. The results of the intumescent coated
series show a reduced charring of 8-12 mm for the
considered testing time in comparison to unprotected
reference material. The protective effect of the coating is
more remarkable under the ISO 834 test curve.

4 Con lusion
In the present study a considerable protection effect of
intumescent fire protective coatings for wood could be
demonstrated. Fire protective intumescent coatings
reduce the charring layer for about 10 mm by the applied
irradiance of 50 kW/m² and slightly more by the used ISO
843 test curve within the testing time of 30 min. The
coated series show lower temperatures in general and the
char border defined by the 300°C criteria does not exceed
15 mm within the 30 min testing time for the coated
series. Additionally, the time to ignite is extended from 5
to 14 min in comparison to the uncoated reference
material.
Further investigations should show how the coating
thickness can be increased for generating higher
protection effect and how the charring rate is influenced
after the protection finishes. Additionally the influence of
the grain direction, moisture content, different wood
species and coatings should be investigated to obtain
universally valid data.
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FIRE PERFORMANCES OF TIMBER-COLD FORMED THIN STEEL
PLATE COMPOSITE BEAM
Bunji Izumi, Atsuko Tani2, Nobuaki Toba3, Koichiro Nakashima4, Mikio
Koshihara5, Tomohiko Yamanashi6, Mamoru Kohno7, Wolfgang Winter8
ABSTRACT: The concept of combining folded thin steel plates and glued laminated timber in the beam element to
gain increased structural and fire performances was developed at the Institute of Structural Design and Timber
Engineering (ITI) in Vienna University of Technology. The authors conducted non-loaded combustion tests and
numerical simulations of the three different types of such cross-sections, and results from combustion tests and
numerical simulations are discussed.

KEYWORDS: Combustion test, Numerical simulation, Timber-steel hybrid, ISO 834, Beam

1 INTRODUCTION 123
The hybrid beam construction composed of glued
laminated timber and folded thin steel plates was
concepted and developed at the Institute of Structural
Design and Timber Engineering (ITI) in Vienna
University of Technology. In this research framework
fire performances of the combination of timber and thin
steel plate of the beam element were observed and
numerically analyzed.

2 COMBUSTION TEST
2.1 TEST SETTINGS
The tests were conducted at the Center for Fire Science
and Technology in Tokyo University of Science.
Medium scale fire testing furnace (1.5 m (W) x 1.5m (D)
x 1.5 m (H)) was employed (Figure 1). Test scenario is
composed of the standard temperature-time curve ISO
834 for the heating phase for 90 minutes which is
followed by the natural cooling period in the furnace for
the successive 150 minutes to observe how the
temperatures of each point in the sections decrease.
1
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Figure 1: Testing facilities

2.2 PRELIMENARY ANALYSIS BEFORE
COMBUSTION TESTS
For “TS” and “TSM” types of test pieces, the depth of
the steel plates were determined by conducting
preliminary numerical simulations and the depth of the
steel from the exterior was determined as 60mm.
2.3 GEOMETRIES OF THE TEST PIECES
Two section types were developed for the combustion
tests. Figure 2 shows the section geometries of the tests:
One with glulam with thin cold-formed steel plates
(t=3.0mm) named “Type TS (Timber-Steel)”, and one
with glulam, steel plates and cement boards attached to
the steel plates named “Type TSM (Timber-SteelMortar)”. The reason of the notion to employ mortar was
to increase the thermal capacity of the test pieces by
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applying the material with high specific heat. Mortar was
replaced with cement board due to the constructability of
the test pieces.

Type “TS”

Type “TSM”

couples were embedded for one point in the crosssections for the backup purposes.

Figure 3: Appearance of a test piece (before combustion) –
three sides insulated

Figure 4: Layout of the test pieces in the furnace

Figure 2: Two different section geometries for the
combustion tests
Each test piece is 1.0 meter long and its both end
surfaces are insulated. Additionally, one of the
longitudinal side surfaces is insulated assuming that
there is to be slab construction attached to the beam
elements (Figure 3). Figure 4 shows the typical layout of
the test pieces in the furnace. All test pieces are placed
upside-down on the ground of the furnace to reduce the
experimental costs.
Two test pieces for each type were tested for the
combustion tests, however collecting temperature
distribution data was successful only once for each
specimen (“TS” and “TSM”), due to the insufficient
insulation on the thermocouple cables in the furnace.
Figure 5 shows one of the test pieces just having
experienced 90 minutes heating and 150 minutes natural
cooling phase.
2.4 TEMPERATURE MEASURING POINTS
Temperature data are collected through thermocouples
embedded in the cross sections. Multiple (2 to 3) thermo-

Figure 5: Test piece immediately after extracted from the
furnace

2.5 TEST RESULTS
Figure 6 shows the temperature results collected through
the combustion tests. The furnace temperature was
controlled to follow the ISO 834 curve for the first 90
minutes (5400 seconds). At 90 minutes the heat supply
was cut and the furnace gradually decreased temperature.
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After 240 minutes, the furnace temperature measured
was about 400 degrees.

Figure 8: Temperature-Time curves (Type “TSM” with a
defect on Point no.4)
Figure 6: Temperature-Time curves of the test

It is also observed that the temperature observed through
thermo-couples embedded in the sections return much
lower temperatures than the furnace temperature. The
observed temperatures from inside the sections went up
steadily throughout the test period and they are up to 350
degrees. Figure 7 and 8 show the temperatures of
different positions in the cross sections of the Types
“TS” and “TSM” respectively.
For both Types, we recognized that the Points No.4
(edge of the upper flange) had much higher temperatures
than were expected. When Point No.1 and No. 4 are
compared, Point No.4 should have lower temperature,
since the depths of the steel plates are the same (60mm
from the surface) , and the heat energy comes from two
sides for Point No.1, while for Point No. 4, the heat
energy comes from only one side of the surfaces. In both
Type ”TS” and “TSM” unexpected temperature rises
were observed, so the defect in the thermo couples was
less likely, but there could have been some gaps between
the timber surface and insulation material which allowed
heat energy penetrating directly in the area around Point
No.4.

Figure7: Temperature-Time curves (Type “TS”, with a defect
on Point no.4)

Table 1 shows the summary of temperature values
observed for each measuring point in Type “TS” and
“TSM”
Table 1: Summary of temperatures observed for Type “TS”
and “TSM”

Meas.
Pt.
1
2
3
4

Temperature[ C]
at 90 [minutes]
TS
TSM
101
92
96
81
55
42
(115)
(120)

Temperature[ C]
at 240 [minutes]
TS
TSM
293
214
257
183
175
120
(293)
(308)

We will look at the each measuring point more closely.
At each point there are multiple (2 to 3) thermocouples
embedded, and the temperatures from the combustion
tests displayed from Figures 9 to 12 are the average
values unless mentioned.
Figures 9 to 12 show the comparison of temperatures
between Type “TS” and “TSM” at each measuring point.
Figure 9 shows the comparison made at the edge of
lower flange. The temperatures of “TSM” are
significantly lower than those of “TS”, and the tendency
becomes more visible after 90 minutes where the heating
phase has finished. The maximum temperature
difference observed is about 80 degrees at 240 minutes
(14400 seconds). The cement boards embedded in the
cross sections assumed to contribute well to reduce the
temperature of this point.

WCTE 2016 e-book | 4425

Figure 12 shows the comparison made at the edge of the
upper flange. As pointed out in the Chapter 2.5, this
result assumed to result from insufficient insulation.

Figure 9: Temperature-Time curve (Type “TS”, Edge of lower
flange)

Figure 10 shows the comparison made at the center of
the lower flange. The overall tendencies are the same as
observed at the edge of the flange, and the maximum
temperature difference is ca. 70 degrees at 240 minutes
(14400 seconds).

Figure 12: Temperature-Time curve (Type “TS”, Edge of
upper flange)

3 NUMERICAL SIMULATION
3.1 SIMULATION METHOD
Numerical simulations were conducted after the
combustion tests in order to understand the phenomena
of the combustion. The simulation method is twodimensional transient heat transfer simulation employing
a general purpose finite element program, Ansys Release
15.0.

Figure 10: Temperature-Time curve (Type “TS”, Center of
lower flange)

Figure 11 shows the comparison made at the center of
the upper flange. The temperature difference is less
obvious between Type “TS” and “TSM” still significant,
and maximum temperature difference is ca. 55 degrees at
240 minutes (14400 seconds).

Figure 11: Temperature-Time curve (Type “TS”, Center of
upper flange)

The temperature value of the furnace recorded in the
combustion test for each time step was attached to the
outermost vertices of the sections. Time step was set to 5
seconds for the first 5 minutes where the temperature
rise is sharp, and to 5 minutes for the rest of the
simulation.
3.2 GEOMETRIES FOR THE SIMULATION
Figure 13 shows the geometries for the simulation.
Taking the symmetricity along the vertical axis, only one
of the half sides of the geometry for each type is
extracted for the numerical analyses. The gap air-spaces
which should be less than 2mm existing between steel
plates and cement board, between cement board and
timber are neglected in the numerical analysis. Table 2
shows the coordinates of the Keypoints. of the
geometries.
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7
8
9
10
11
12

Max
Min
Max
Min
Max
Min
Max
Min
Max
Min
Max
Min
Max

350
350
400
400
500
500
600
600
800
800
900
900
1200

0.110
0.070
0.080
0.080
0.090
0.090
0.177
0.177
0.350
0.350
0.638
0.638
0.638

850
850
1000
1000
1200
1200
1400
1400
1650
1650
1650
1650
1650

285
143
195
124
143
105
124
97.5
105
73.1
97.5
0.001
73.1

3.4 SIMULATION PROCEDURES
Figure 13: Temperature-Time curve of the test
Table 2: Coordinates of the Keypoints of the geometries
Key
Pt.No.
1
2
3
4
5
6
7
8
9
10
11
12
13
14
15

X[m]
0.000
0.063
0.063
0.003
0.003
0.063
0.063
0.000
0.123
0.123
0.123
--

TS

TSM
X[m]
0.000
0.063
0.063
0.003
0.003
0.063
0.063
0.000
0.123
0.123
-0.010
-0.010
-0.010
0.003
0.063

Y[m]
0.006
0.006
0.000
0.000
-0.234
-0.234
-0.240
-0.240
0.000
-0.300
-0.300
-

Y[m]
0.006
0.006
0.000
0.000
-0.234
-0.234
-0.240
-0.240
0.000
-0.300
-0.300
-0.240
0.006
-0.214
-0.214

Figure 14 shows the overall simulation procedures. What
is characteristic about this simulation is that it includes
the subroutine which is conducted for each time step just
after finishing calculation. The contents of this
subroutine are shown in Figure 15.

3.3 MATERIAL PROPERTIES
According to Bobacz [2], charring processes of wood are
irreversible and therefore, material properties should be
appropriately set so that in the cooling phase charred
elements should not return to the uncharred healthy
timber. Therefore materials shown in the table 3 are set
in the spectrum between uncharred timber and damaged
charcoal.
Table 3: Material properties employed in the simulation
Mat.
No.

1
2
3
4
5
6

Min
Max
Min
Max
Min
Max
Min
Max
Min
Max
Min

Temp.
Range

Thermal
Conductivity

[ C]

[W/(m K)]

20
99
99
120
120
200
200
250
250
300
300

0.120
0.136
0.136
0.141
0.137
0.150
0.110
0.150
0.097
0.120
0.070

Specific
Heat
[J/(Kg
K)]
1530
1770
1770
13600
2000
2120
1620
2000
1620
2000
710

Density
[Kg/m3]
420
420
375
420
375
375
349
375
285
349
195

Figure 14: Simulation flowchart

Figure 15 explains the procedures in the subroutine
“material change”. As explained in chapter 3.3, twelve
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materials with different material properties are defined in
the spectrum between healthy timber and highly
damaged charcoal.

degrees), the numerical simulation could not capture this
local flat zone.
It is also observed that the temperature from the
combustion test goes up higher than that obtained from
numerical analysis. The maximum deviation is about 50
degrees and the reason for it is under investigation.

Figure 16: Simulation vs test results (Type “TS”, Edge of
lower flange)

Figure 17 shows the combustion test temperature curve
vs that obtained from numerical simulation of the center
point of the lower flange. The relationship of test against
simulation is the same as the edge of the lower flange
case. Test result shows the temperatures higher than
those obtained from simulation after 180 minutes (10800
seconds), and the maximum deviation is ca. 30 degrees
at 240 minutes (14400 seconds).

Figure 15: Subroutine of material change

After each solving process, this subroutine checks each
element of finite element models, whether the element
has experienced temperature which is higher than the
temperature range defined for each material or not. If the
temperature experienced is within the range defined for
the material, the material number remains. If it is higher
than that defined, the element is associated to the
material number with new range.
3.5 SIMULATION RESULTS –TYPE “TS”
Figures 16 to 19 show temperature against time curves
of the TS type test result (dashed line) overlapped with
that obtained from numerical simulation (continuous
line) for the time period of 4 hours (90 minutes’ heating
+ 150 minutes natural cooling period). The measuring
point is the edge of the lower flange.
It is observed that the numerical simulation could
reproduce the temperatures quite well until around 150
minutes (9000 seconds), except for the flat area around
100 degrees between the time-steps of 5000 and 5500
seconds. This should come from the latent heat of the
timber. The latent heat of the timber is considered in the
material property (specific heat values between 99 to 100

Figure 17: Simulation vs test results (Type “TS”, Center of
lower flange)

Figure 18 shows the same comparison at the center of
the upper flange. The deviation between test result and
that from simulation is less obvious and the maximum
deviation between them is ca. 15 degrees around 90
minutes (5400 seconds).

WCTE 2016 e-book | 4428

Figure 18: Simulation vs test results (Type “TS”, Center of
upper flange)

Figure 20: Simulation vs test results (Type “TSM”, Edge of
lower flange)

Figure 19 shows the comparison made at the edge of
upper flange. As discussed in the Chapter 2.5, the
authors concluded that there should have been a gap
space between insulation material and the glued
laminated timber, and therefore the temperatures
collected should be higher than it should be.

The results at the center of lower flange has the similar
tendencies (Figure 21). Numerical analysis returns the
higher temperatures than those observed, and the
maximum deviation between two values is about 50
degrees at about 180 minutes (10800 seconds).

Figure 19: Simulation vs test results (Type “TS”, Edge of
upper flange)

3.6 SIMULATION RESULTS –TYPE “TSM”
This sub-chapter reports the temperatures obtained by
the numerical simulations against those observed from
the combustion test in case of Type “TSM (TimberSteel-Mortar)”.
Figure 20 shows the comparison made on the point at the
edge of the lower flange. Contrary to the comparison of
the same point in Type “TS”, the temperatures obtained
from numerical analysis were generally higher than
those from the combustion test. The reason for this
should come from the fact that the moisture content of
the mortar is neglected in the numerical analysis at the
moment, and the latent heat effect of the mortar is not
evaluated. The maximum deviation was around 40
degrees at about 150 minutes (9000 sections).

Figure 21: Simulation vs test results (Type “TSM”, Center of
lower flange)

Figure 22 shows the comparison at the center of upper
flange. The deviation between numerical analysis and
combustion test is smaller than the upper flange cases.
Around this area the temperatures are lower than the
lower flange areas and the maximum temperature
observed in the combustion test was about 120 degrees.
Taking the fact that the deviation starts more visible after
10000 seconds where the temperatures of the steel plates
are generally more than 100 degrees, the latent heat
which has been neglected in the numerical analysis
should be the major reason for the discrepancy of the
temperatures after this time step.
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4 CONCLUSIONS
The comparisons among three different beam geometries
were made both in the real-scale fire tests and numerical
simulations. This steel plate embedded in the glued
laminated timber beam has the effect of decreasing
charring velocity of timber in the event of a fire. Cement
board in the section attached to steel proved to be
advantageous in decreasing steel temperatures.
Two-dimensional transient heat transfer simulation could
simulate temperature distribution in the heating phase up
to 150 minutes. Taking effect of the latent heat into
account in the numerical simulations will be the future
tasks of the research.
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INFLUENCE OF MOISTURE CONTENT ON THE STRUCTURAL
PROPERTIES OF WOOD UNDER HIGH TEMPERATURE

−Exposure moisture content dependence of Young’s modulus and bending strength
under heating of Cryptomeria Japonica and Zelkova serrata−

Chihiro KAKU*1, Yuji HASEMI*2, Daisuke KAMIKAWA*3, Tatsuro SUZUKI*4,
Noboru YASUI*5,
ABSTRACT: The structural properties of Cryptomeria Japonica, a softwood commonly used in timber engineering,
and Zelkova serrata, a hardwood normally used in traditional large buildings, heated up to 95°C were measured at the
elevated moisture content and temperatures as an engineering basis for the structural fire safety design of large-scale
timber buildings. The results show that the Young’s modulus of two species at the elevated moisture content and
temperatures was largely affected by the moisture content over 10% and the heating temperatures 80°C or higher. The
bending strength at normal temperature or higher was highly dependent on the moisture content, however two species
showed different declining trends with the rise of moisture content and temperatures. The correlation between Young’s
modulus and bending strength of Cryptomeria Japonica keep to the same with the rise of the moisture content and
temperatures. On the other hand, the correlation of Zelkova serrate became weaker with the rise of temperatures.
KEYWORDS: Young’s modulus, bending strength, temperature dependence, moisture content dependence, softwoods,
hardwoods

1

INTRODUCTION 123

Public buildings in Japan are being increasingly
constructed from wood. Timber-based buildings have
been considered from various perspectives, including
management of forest resources and environment
concern. Large-scale buildings in Japan are needed to be
fire–resistive or quasi-fire-proof constructions to
withstand fire damage. If a fire breaks out a large-scale
timber building, the residual strength of structural
members exposed to fire must be known for the fire
safety. For this purpose, study on physical properties of
wooden structural members are important and influence
of charring, temperature shift under heating and moisture
content at normal temperature of wooden structural
members have been studied [1]−[13].
The specimens in a material experiment for the research
on the mechanical properties of wood under heating are
commonly dried 10% or less to remove the influence of
moisture content. However the structural properties of
wood at room temperature become diminished with an
*1 Chihiro KAKU, Graduate School of Waseda Univ., Japan,
M.Eng., chihiro.k.lilla@fuji.waseda.jp
*2 Yuji HASEMI, Prof., Department of Architecture, Waseda
Univ., Japan, Dr.Eng.
*3 Daisuke KAMIKAWA, Forestry and Forest Products
Research Institute, Japan, Ph.D.
*4 Tatsuro SUZUKI, Graduate School of Waseda Univ., Japan
*5 Noboru YASUI, Visiting Researcher, RISE Waseda Univ.,
Japan, Ph.D.

elevation of the moisture content [1], [2], and most wooden
constructional materials are used from 10% to 30%
moisture content in a wooden building. In the event of a
fire in wooden buildings, wooden members are exposed
fire heating and the moisture inside of members moves
to place unheated from place heated by the water vapor
pressure [14], however the center of members, a place
unheated, supports the loads of a building in a fire. For
these reasons, the structural capacity of wooden
members declines if the structural properties of wood
heated become diminished with an elevation of the
moisture content. However the influence of moisture
content on the structural properties of wooden members
under high temperatures is not clearly.
In this paper, the structural properties of Cryptomeria
Japonica, a softwood commonly used in timber
engineering, and Zelkova serrata, a hardwood normally
used in traditional large buildings, heated up to 95°C
were measured at the elevated moisture content and
temperatures by the bending tests. The results provide an
engineering basis for the structural fire safety design of
large-scale timber buildings.
2

RESEARCHING METHOD

In the bending experiment, the Young’s modulus and the
bending strength of two species were measured under
heating. The moisture content of specimens were
grouped three ranges, dry, air-dried and wet condition,
because perfectly control the moisture content of wood is
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The Young’s modulus at room temperature of all
specimens was measured by the non-destructive bending
test (hereinafter called non-destructive test). After nondestructive test, the structural properties of two species
heated were measured on a scale of 1 to 4 below water
evaporation temperature (room temperature=RT, 50°C,
80°C and 95°C) by the breaking bending test (hereinafter
called breaking test) in each group. In bending tests,
specimens were covered aluminum foil to prevent
evaporation of moisture.
In order to understand influence of the moisture content
and the temperature on the structural properties of wood,
the Young’s modulus and the bending strength of Group
A were defined Dry-Young’s modulus and Dry-bending
strength, in addition these were rewritten “ Ed,t ” ,
“Bd,t” (t is temperature), and the experimental values
at room temperature were rewritten “Ed,a”, “Bd,a”.
The residual ratio of the Young’s modulus and the
bending strength[6] were obtained by dividing values
under heating by values at RT and rewritten
“REd(t)=Ed,t/ Ed,a”, “RBd(t)=Bd,t/ Bd,a”. These
rates of the Young’s modulus were calculated on same
specimen and the rate of Young’s modulus at RT was
calculated by dividing a value of breaking test by a value
of non-destructive test. On the other hand the rates of
bending strength were calculated as fraction of average
data.
The Young’s modulus and the bending strength of Group
B and C were defined Moisture-Young’s modulus and
Moisture-bending strength, and were rewritten “Em,t”,
“Bm,t”, the influence of moisture content on the
Young’s modulus and the bending strength of wood at
each temperature were obtained by dividing values in
air-dried or wet conditions by values in dry condition,
were
expressed “ REt(m)=Em,t/Ed,t ” ,
a

3

EXPERIMENTAL OUTLINE

3.1

TEST SPECIMENS

The details of specimens are shown in Figure1 and
Table1. The specimens were Cryptomeria Japonica and
Zelkova serrata hewed from the two logs without knot
and sized 20mm square and 320mm span. The moisture
content adjustment was done in the specimen storage at
constant temperature 20℃ and moisture 40% or used as
needed a small dry kiln heated to 60℃ to drying. And
specimens were grouped the three rages A, B, C defined
as noted before. The bone-dry density of Cryptomeria
Japonica or Zelkova serrate were 0.35 g/cm3, 0.59 g/cm3.
3.2

EXPERIMENTAL METHODOLOGY

The bending test was conducted according to JIS Z 2101
and was taken place in compression and tensile testing
machine, TG series-50kN ・ Minebea, with heatcontrolled furnace (Picture1). The flowchart of this
experimental procedure is presented in Figure 2. First,
specimens were grouped three ranges A to C by after the
moisture content adjustment was defined as noted before
chapter 2, and 3.1. All specimens were measured the size
：Thermocouple Position

Loading：10mm/min

20mm

(1) Dry condition：This condition was under 10%
moisture content and called Group A.
(2) Air-dried condition：This condition was from 30 to
10% moisture content, between dry condition and the
fiber saturation point, and called Group B.
(3) Wet condition：T h i s c o n d i t i o n w a s o v e r 3 0 %
moisture content, and called Group C. The fiber
saturation point was assumed 30% [15], [16].

“ RBt(m)=Bm,t/Bd,t ” . These rates of the Young’s
modulus and the bending strength were calculated as
fraction of average data.

Conditioning
Moisture Content

20mm 10mm

20mm

・・・

20mm

hard. The following three ranges of the specimens
defined and determined.

Suporting Point Span 280mm

20mm

L= 320mm

m
320m

20mm

Figure 1: The Detail of the Specimens
Fornace
Loading
Point
Specimen

Fornace

Testing
Machine

Specimen

Span 280mm
Thermocouple logger

Picture 1: The Experiment Device

Table 1: The Numbers and Conditions of Test Specimens
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and weight when were grouped. Next, the Young’s
modulus at RT of all specimens was measured by the
non-destructive test with degradation-free load
(Cryptomeria japonica ： 0.25kN, Zelkova serrate ：
0.5kN) after the specimens were grouped a to d by
heating temperatures （ a=room temperature (20 ℃ ),
b=50℃, c=80℃, d=95℃）in each group A to C. The
specimens of group a were tested at RT and the Young’s
modulus Ed,a , Em,a and the bending strength Bd,a ,
Bm,a were obtained by breaking test. The group b to d
were tested at each heating temperature by breaking test
and the Young’s modulus and the bending strength under
heating were obtained when the internal temperature of
specimen and atmosphere temperature in the furnace
were achieved each heating temperature.
The loading positions of non-destructive test and
breaking test were setup on the center of specimen span,
and the displacement velocity was 10 mm/min. The
internal temperature of specimens was measured by a
thermocouple sheath φ 1mm on the outside of the
supporting point span (Figure1) ※1. In breaking tests,
Preparation of Speciments

specimens were covered aluminum foil 20µm to prevent
the evaporation of moisture, and the final moisture
content of all specimen was calculated based on the
measured weight after breaking tests ※2.
4

EXPERIMANTAL RESULTS AND
CONSIDERATIONS

The structural properties of wood at RT is depended on
the moisture content and the Young’s modulus and
bending strength of wood into the 5% range decline as
the temperature increases at each tree species［1］,［2］,
［15］
. In this paper, the experimental parameters were
the moisture content, the heating temperatures and the
tree species. The results of the Young’s modulus and the
bending strength at each condition are shown in Table2
to 4 and the relations between heating temperatures and
the Young’s modulus or the bending strength are shown
in Figure 3,4,7,8. In the graphs, the averages at each
Group A to C are plotted and the decline rates of the
Young’s modulus and the bending strength for heating
temperatures are calculated （Table3 and 4）. The

① Condition of the Moisture Content and Size Measurement

② Grouping specimens by weigth E s t i m a t e d Moisture C o n t e n t ： α
Group B［10%≦α≦30%］

Group A［α＜10%］

Bending Test

Group C［α＞30%］

③ Non-Destructive test
（All Speciments）

(1) Young's Modulus at RT（Ed,a Em ,a）
(2) Speciment Weigth

④ Heating

※Speciments were covered with an aluminum foil under herating to prevent water evapration.

⑤ Bending Test at Room Temperature

⑤ Bending Test under High Temperature

a.RT

b.50℃
(1) Youn's Modulus at RT（Ed,a Em,a）
(2) Bending Strength at RT（Bd,a Bm ,a）
(3) Speciment Weigth before and after test

Residual ratio of Young's Modulus at RT（REd(a), REm(a))
=Young's Modulus at TR (⑤)／Young's Modulus at RT (③)

Calculation of
the Weigth Moisture Content

c.80℃

(1) Youn's Modulus at 50℃（Ed,50 Em,50）
(2) Bending Strength at 50℃（Bd,50 Bm,50）
(3) Speciment Weigth before and after test

d.95℃

(1) Youn's Modulus at 80℃（Ed,80 Em,80）
(2) Bending Strength at 80℃（Bd,80 Bm,80）
(3) Speciment Weigth before and after test

Residual ratio of Young's Modulus at HT（REd(t), REm(t)）
=Young's Modulus at HT／Young's Modulus at RT

(1) Youn's Modulus at 95℃（Ed,95 Em,95）
(2) Bending Strength at 95℃（Bd,95 Bm,95）
(3) Speciment Weigth before and after test

Residual ratio of Bending Strength at HT（RBd(t), RBm(t)）
=Bending Strength at HT／Bending Strength at RT

⑥ Moisture Content by Dry Weight method※ F i n a l Moisture Content：M
Group A［M＜10%］

Young's modulus and Bending Strength
on drying

Group B［10%≦M≦30%］

Young's modulus and Bending Strength
on moisture state

Group C［M＞30%］

Young's modulus and Bending Strength
on moisture state

Ratio of Young's Modulus REt(m) = Young's Modulus on moisture state（Em,t） / Young's Modulus on drying（Ed,t）
Ratio of Bending Strength RBt(m) = Bending Strength on moisture state（Bm,t） / Bending Strength on drying（Bd,t）
※ The Moisture Content of Specimens was calculated based on the weight after the Bending Test by the Dry Weight method.

Figure 2: The Experimental Procedure
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relations between the moisture content and the Young’s
modulus or the bending strength are shown in Figure
5,6,9,10. In the graphs, the regression expressions are
plotted under the moisture content less than 30%, and
the lines of average are plotted under the moisture
content over 30%.
4.1

YOUNG’S MODULUS

(1) TEMPERATURE DEPENDENCE
The residual ratio of Young’s modulus at 95℃ in Group
A, Cryptomeria japonica was 0.89 and Zelkova serrate
was 0.82, were accorded with the property trends of the
reference [6]. In Group B, the decline in the ratio of
Young’s modulus to each heating temperatures interval
dREd/dt were 0.26 %/°C, 0.56 %/°C, 0.68 %/°C in
Cryptomeria japonica, 0.16 %/°C, 1.44%/°C, 1.18 %/°C
in Zelkova serrate, and therefor the Young’s modulus
declined as temperature increased on the both tree
species. The decline rates at over 50℃ were about twice
as high in Zelkova serrate as in Cryptomeria japonica. In
Group C, the decline rates were 0.27 %/°C, 0.93 %/°C,
0.45 %/°C in Cryptomeria japonica, 0.34 %/°C,
1.23 %/°C, 0.53 %/°C in Zelkova serrate, especially the
Young’s modulus was declined between 50℃ to 80℃
（Table3）. However the residual ratios at 50℃ or less
were over 0.88 on the both tree species, that is to say, the
temperature dependence in the Young’s modulus at 50℃
or less was minimal change（Table2）.
In this experiment, the specimens of Cryptomeria
japonica in Group B were hewed from two logs and the
experimental results were little differentiated between
two logs. On the other hand, the specimens of Zelkova

serrate in Group B were hewed from a log and a lumber.
The experimental results range at 80℃ and 95℃ were
0.52~0.72, 0.34~0.55 in the log, 0.27~0.59, 0.23~0.34 in
the lumber ※3.
(2) MOISTURE CONTENT DEPENDENCE
In Group A and B, the change in the ratio of the residual
ratio of Young’s modulus to the moisture content at each
heating temperatures were 0.0019 (N/mm2)/%, 0.0027
(N/mm2)/%, −0.0077 (N/mm2)/%, −0.0144 (N/mm2)/%
in Cryptomeria japonica, −0.0011 (N/mm2)/%, −0.0026
(N/mm2)/% in Zelkova serrate. The declined of Young’s
modulus as the moisture content at each heating
temperature on the both tree species. On the other hand,
the Young’s modulus was nearly independent of increase
and decrease moisture content in Group C（Figure5 and
6）. These results declined as ratios of Young’s modulus
Table 3：The Decline in the ratio of Young’s modulus
to Heating Temperature ［% / ℃］
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Table 4：The Decline in the ratio of Bending Strength
to Heating Temperature［(N/mm2) / ℃］
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Table 2: The Experimental Results
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at each heating temperatures, 0.96, 0.87, 0.63, 0.47 in
Cryptomeria japonica, 1.07, 0.97, 0.59, 0.55 in Zelkova
serrate（Table2）.
(3) INFULENCE OF MOISTURE CONTENT ON
THE REATIONSHIP BETWEEN YOUUNG’S
MOSULUS AND TEMPERATURE
By the outcome of (1) and (2), the Young’s modulus at
50℃ or less is possible to predict by experiment results
of the reference [6] because the residual ratios were over
0.88 at 50℃ or less in the all groups and both tree
species. The Young’s modulus at over 80℃ is more
declined in Moisture-Young’s modulus than DryYoung’s modulus, for this result, the Young’s modulus
declines as the temperature and the moisture content
increases. The Young’s modulus declines as the moisture
content increases in the case where the moisture content
below the fiber saturation point. The Young’s modulus
in the moisture content over the fiber saturation point
declines as the ratio of Young’s modulus. In these results,
Cryptomeria japonica and Zelkova serrate showed the
similar trend.
In this paper, the fiber saturation point was assumed 30%
however the change the moisture content inside cell wall
of wood has a huge effect on the structural properties of
wood and the fiber saturation point of wood under
heating declines 1% as the temperature increase 10℃
［ 18 ］
. The values of the cross points of regression
expressions and lines of average in Figure 5 and 6 also
were declined as the heating temperatures increased. For
these reasons, the fiber saturation point is changed as the
heating temperatures increases.
4.2

BENDING STRENGTH

(1) TEMPERATURE DEPENDENCE
On the both tree species, the bending strength at 95℃ in
Group A, 0.64 in Cryptomeria japonica and 0.62 in
Zelkova serrate, were accorded with the property trends
of the reference [6]. In Group B, the decline in the ratios
of bending strength to each heating temperatures interval
dRBd/dt were 0.34 (N/mm2)/°C, 0.51 (N/mm2)/°C, 0.43
(N/mm2)/°C in Cryptomeria japonica, 0.86 (N/mm2) /°C,
1.10 (N/mm2)/°C, 0.34 (N/mm2)/°C in Zelkova serrate.
In Group C, the decline ratios were 0.27 (N/mm2)/°C,
0.47 (N/mm2)/°C, 0.37 (N/mm2)/°C in Cryptomeria
japonica, 0.84 (N/mm2)/°C, 0.88 (N/mm2)/°C, 0.01
(N/mm2)/°C in Zelkova serrate. Therefor the bending
strength of Cryptomeria japonica declined at over 50℃,
and the bending strength of Zelkova serrate declined at
below 80 ℃ （ Table4 ） . The residual ratios of
Cryptomeria japonica in all groups were over 0.85 at
50℃ or less, on the other hand, the ratios of Zelkova
serrate in Group B and C were about 0.70, that is to say,
the bending strength on two species showed different the
temperature dependence trends（Table2）.
(2) MOISTURE CONTENT DEPENDENCE
In Group A and B, the change in the ratio of bending
strength to the moisture content at each heating

temperatures were −1.24 (N/mm2)/%, −1.32 (N/mm2)/%,
−1.20 (N/mm2)/%, −1.34 (N/mm2)/% in Cryptomeria
japonica. The change in the rates of bending strength to
the moisture content at each heating temperature was in
the same range. On the other hand, the ratios of Zelkova
serrate were −0.86 (N/mm2)/%, −1.95 (N/mm2)/%, −3.45
(N/mm2)/%, −3.42 (N/mm2)/%, and therefor the change
rates of bending strength for the moisture content
increased as temperature increased. The bending strength
was nearly independent of increase and decrease
moisture content in Group C of two tree species, because
the values of bending strength were scattered in ±
10N/mm2（Figure9 and 10）. These were declined at
each heating temperatures, 0.60, 0.58, 0.46, 0.37 in
Cryptomeria japonica, 0.81, 0.62, 0.42, 0.47 in Zelkova
serrate（Table2）.
(3) INFULENCE OF MOISTURE CONTENT ON
THE REATIONSHIP BETWEEN YOUUNG’S
MOSULUS AND TEMPERATURE
By the outcome of (1) and (2), Cryptomeria japonica
and Zelkova serrate showed the different trend. The
bending strength of Cryptomeria japonica at 50℃ or less
is possible to predict by experiment results of the
reference［6］because the residual ratios were over 0.85 at
50℃ or less in the all groups. The decline in the ratios of
bending strength at 50℃ to 80℃ were the same trends
Moisture-bending strength and Dry-bending strength.
And at over 80℃, the ranges as the moisture content in
the case where the moisture content below the fiber
saturation point are possible to predict by the regression
expressions in Figure9, and the ranges in the case where
the moisture content over the fiber saturation point were
nearly independent of increase and decrease the moisture
content.
On the other hand, the bending strength of Zelkova
serrate at below 80℃ declined as the temperature and
the moisture content increased. The bending strength
with below the fiber saturation point declines in the
regression expressions of Figure10. The ranges in the
case where the moisture content over the fiber saturation
point were nearly independent of increase and decrease
the moisture content.
The fiber saturation point was changed as the heating
temperatures increased because the values of the cross
points of regression expressions and lines of average in
Figure9 and 10 were also declined as the heating
temperatures increased.
4.3 RELATIONSHIP BETWEEN THE BENDING
STRENGTH AND THE YOUNG’S MODULUS
The bending strength of wood at RT relates to the
Young’s modulus and density on each tree specie［1］,
［ 16 ］ , ［ 17 ］
.
The bending strength under high
temperatures has also possibilities to relate the physical
properties and must be known as the quality
management in a fire because the bending strength of
wood is known by only breakdown measurement. In this
paper, the relationship between the bending strength at
each heating temperature and Young’s modulus were
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Figure 11：The Bending Strength and the Young’ Modulus
（Cryptomeria japonica, Group A）

Figure 12：The Bending Strength and the Young’ Modulus
（Zelkova serrate, Group A）
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Figure 13：The Bending Strength and the Young’ Modulus
（Cryptomeria japonica, Group B）

Figure 14：The Bending Strength and the Young’ Modulus
（Zelkova serrate, Group B）
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Figure 15：The Bending Strength and the Young’ Modulus
（Cryptomeria japonica, Group C）

reviewed. The relations between the bending strength
and the Young’s modulus at each group are shown in
Figure11 to 16. In graphs, the regression expressions and
the coefficient of correlations “r” are plotted. The
absolute value |r| defined that 0 to 0.2 mean an
uncorrelated, 0.2 to 0.4 are a weakly correlation, 0.4 to
0.7 are a correlation, 0.7 to 1.0 are a strongly correlation.
In Figure11 to 16, Cryptomeria japonica and Zelkova
serrate were shown the different trends. At each heating
temperature, the values of bending strength were
scattered in graphs and the coefficients of correlations
was 0.28 or less in Group A （the moisture content was
below 10%） of Cryptomeria japonica. This result was
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Figure 16：The Bending Strength and the Young’ Modulus
（Zelkova serrate, Group C）

a weakly correlation than the result of the reference [6],
because the specimens had the large range of Young’s
modulus at RT in this experiment than the range of
reference [6] （ Figure11 ） . The bending strength
increased as the Young’s modulus increased at each
heating temperature in Group B and C（the moisture
content was over 10% ） , and the coefficients of
correlations were over 0.48. For these results, the
bending strength in Group B and C is possible to predict
by the Young’s modulus (Figure13 and 15).
The bending strength of Zelkova serrate at RT increased
as the Young’s modulus increased in each Group A to C.
At over 50℃, the increased in the rates of bending
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strength as the Young’s modulus in Group B （ the
moisture content was from 10% to 30%）were smaller
than the rates in Group A（the moisture content was
below 10% ） , and were converged at each heating
temperature (Figure12, 14 and 16).
The bending
strength in Group A and C is possible to predict by the
Young’s modulus because the coefficients of
correlations were over 0.57 (Figure12 and 16), but the
results in Group B showed little tendency to discover the
relationship for the prediction the bending strength by
Young’s modulus (Figure14).
5

CONCLUSIONS

As a result of the consequence tests, the facts listed
below were revealed.
・ YOUNG’S MODULUS
(1) Cryptomeria japonica and Zelkova serrate showed
the similar trend.
(2) The declined rates of Moisture-Young’s modulus at
50℃ or less were below 20% in the same way as
Dry-Young’s modulus.
(3) At over 80℃, the declined rates of MoistureYoung’s modulus as temperature were more than
Dry-Young’s modulus. In same heating temperature,
the Young’s modulus declined as the moisture
content increased in the case where the moisture
content was below the fiber saturation point, on the
other hand, the Young’s modulus in the moisture
content over the fiber saturation point declined as
the ratio of Young’s modulus.
・ BENDING STRENGTH
(4) Cryptomeria japonica and Zelkova serrate showed
the different trend.
(5) The Moisture-bending strength of Cryptomeria
japonica at 80℃ or less declined as the moisture
content increased, on the other hand at over 80℃,
the bending strength declined as the moisture
content and the temperature increased.
(6) The Moisture-bending strength of Zelkova serrate at
80℃ or less declined as the moisture content and the
temperature increased. At over 80℃, the bending
strength declined as the moisture content increased.
・ INFLUENCE OF MOISTURE CONTENT ON
THE STRUCTURAL PROPERTIES OF WOODEN
MEMBERS IN A FIRE
(7) By the outcome of (1) to (6), the structural
properties of wood with temperature change was
more declined by an increase in the moisture content
at under 100℃.
(8) The moisture content causes the Young’s modulus
of the posts to decline in the part at over 50℃, and
the bending strength of beams to decline in the part
at RT and over 50℃.
As the future tasks, more experimental validation of
other influences such as water mobility, existence of
knots and so on, that is needed to develop design method
of fireproof and semi-fireproof construction for largescale timber-based buildings.
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ANNOTATION

※1 The internal temperatures of specimen were
measured by a thermocouple sheath φ1mm on the
outside of the supporting points span and the
center before this experiment. In these results, the
temperatures on the two points increased in the
same way. The specimens took about 30 minutes
to one hours to be achieved each heating
temperature.
※2 The weights of specimens were measured before
and after breaking tests and the weights limited
changed. The changed rates were 0.70% (Ave.) in
Cryptomeria japonica and 0.49% (Ave.) in
Zelkova serrate. The final moisture content of
specimens was calculated based on weights were
measured just after the breaking tests.
※3 In this paper, the calculation of the average was
include the both specimens from log and lumber
because these were appraised same Zelkova family
by appraisal report of Forestry and Forest Products
Research Institute, moreover the Young’s modulus
at RT and the bending strength at each heating
temperature were little different.
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FIRE RESISTANCE CHARACTERISTICS OF GLUED LAMINATED
TIMBER
MANUFACTURED
FROM
MALAYSIAN
TROPICAL
HARDWOOD TIMBER (MALAGANGAI) : CHARRING RATE AND FIRE
CLASSIFICATION

Zakiah Ahmad1, Simon Aicher2, Zulhazmee Bakri3
ABSTRACT: This paper reports the investigation on the one-dimensional charring rate of glued laminated timber
manufactured from Malaysian Tropical Hardwood namely Malagangai (density, 800 kg/m3). The fire test was
conducted at SP Wood Technology in Stockholm in accordance with EN 13381-7:2014 for determination of charring
rate. The reaction-to-fire tests for fire classifications in terms of flame spread, smoke production and burning droplets
were investigated at University of Stuttgart, Germany in accordance with the procedures given in EN 13 501-1 : 2010.
The results show that the charring rate of glulam Malagangai is 0.6 mm/min. The fire behaviour of the glulam is in
Class C with medium smoke generation and very little burning droplets.
KEYWORDS: Charring rate, reaction to fire, glulam, tropical hardwood timber, flame spread

1

INTRODUCTION 123

Currently, the construction of timber structures in
Malaysia is limited and facing difficulty in getting
approval from fire department as timber is considered as
combustible materials. At present Malaysian Standard,
MS 544 Part 9 only provides charring rate for solid
timber (all timbers are hardwoods) but not for
engineered timber products such as glulam and
laminated veneer lumber (LVL) as shown in Table 1.
Table 1: Notional rate of charring for the calculation of
residual section based on MS 544: Part 9: 2001
Species
SG 1 to SG 3
SG 4 to SG 5

Charring rate
(mm/min)
0.5
0.7

The charring rate was grouped according to strength
groupings rather than density. Besides the charring rate
values for solid timber, the charring rate values for
engineered timber products such as LVL and glulam has
not been investigated and those date are not yet available
and currently being assumed to be the same as solid
1
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timber. The density of timbers in strength groups SG1 to
SG 7 are ranging from 500 to 1200 kg/m3.
The charring rate data of solid timber in BS 5268 Part 4
and Eurocode 5, are grouped based on densities. The
charring rate values in BS 5268 for softwood glulam is
0.7 mm/min and hardwood solid timber ( >640 kg/m3)
is 0.55 mm/min. Meanwhile in Eurocode 5, the charring
rate of softwood glulam, 0 is 0.65 mm/min and the
charring rate for hardwood solid timber (>450kg/m3) is
0.5 mm/min. It can be seen that the charring rate of
glulam are different from the charring rate of solid
timber.
The charring rate established in Malaysian standard and
BS 5268 does not make any differentiation on the sizes
and effect of corner rounding. However, the charring rate
in EC5 provides a certain values for standard fire
conditions (
or
) where as charring rate in nonstandard fire is identified as parametric fires namely
. In principal, the one-dimensional charring models,
do not taking into account corner rounding, whilst the
two-dimensional models do. Two-dimensional or
were introduced in order to
notional charring rates
convert the unequal shape of remaining cross-sections
into simple rectangular cross-sections or consist of
several rectangular sections.
Fire tests for timber-based products are mainly
concerned with their surface properties because their
early fire behavior is important to many aspects of fire
safety [1]. The remaining uncharred timber supplies the
load-carrying capability [2]. During fire exposure, the
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height and width of timber decreases at a rate dependent
on the charring rate of the species, and the remaining
uncharred timber contributes to the load-carrying
capability. In design purposes, value of charring rate of
timber is important distinctive features of the fire
resistance of timber since it allows the determination of
the dimension of the residual section of timber. During
fire exposure, the height and width of timber decreases at
a rate dependent on the charring rate of the species, and
the remaining uncharred timber contributes to the loadcarrying capability. Consequently, the charring rate is
the most important property of timber with respect to fire
resistance and fire integrity.
Babrauskas [3] pointed out that the charring rate could
be a useful tool in estimating a minimum value for postflash over-burning duration of the room fire. Mikkola [4]
and Yang et al [5] separately has developed models for
calculating charring rate using measurements of timber
density, moisture content, oxygen concentration and heat
flux and used the cone calorimeter method for model
validation. Njankouo et al. [6] found a linearly
decreasing correlation between charring rate and density.
Therefore there is a need to determine the charring rate
for Malaysian Tropical timbers with varied densities as
well as glulam in order to validate those values given in
Table 1.0 so that not to under-estimate or over-estimate
the charring values which will effect the design of timber
structures. The information on the reaction to fire is also
a concern.

2

Both charring test specimens had a geometry of about
1650 mm x 270 mm x120 mm (length x width x depth).
The density (including the moisture content, compare,
2.5) was determined using end cuts of the glulam beams
(approx. length 365 mm). The specimens were then
equipped with three measurement stations with 8
thermocouples each. Thermocouples types K were used
for the instrumentation. Thermocouples were placed at
the centre of beams with minimum distance (horizontal)
of 6 mm in between thermocouples as shown in Figure
1.

Figure 1: Instrumentation of the instrumented beam of the
charring test specimens with thermocouple wires.

Thermocouples were inserted from both sides of the
instrumented beams and with a horizontal distance of 20
mm (length distance) (see Figure 2).
The density (including the moisture content) was
determined using end cuts of the glulam beams (approx.
length is 365 mm).

METHODOLOGY

2.1 CHARRING RATE TEST
2.1.1 PREPARATION
SPECIMENS

OF

CHARRING

TEST

The glulam used in this study were produced by one of
the glulam factory in Malaysia. The glulam was
manufctured in accordance with MS 758. Two glulam
beams with dimensions 80 mm x 500 mm x2000 mm
(width x depth x length) manufactures using Malagangai
were send to SP Wood Technology in Stockholm.
Lamellae had a depth of 15 to 18 mm and were glued
together with PRF adhesive. Few knots were visible;
finger-joints were made with PRF adhesive. Beams
arrived packed in a plastic film. Beams and packaging
showed no damages on arrival. The density of
Malagangai is 800 kg/m3.
From those two beams of glulam, the charring test
specimens were prepared. The charring test specimens
were produced at SP Wood technology about 1 week
before the fire tests. Charring test specimens were made
of centric instrumented beams which were taken from
the lower side of each beam.

Key
1 instrumented timber beam
2 non-instrumented beam

End elevation with one instrumented beam and temperature
measurement points
Figure 2: Charring specimen with one and three instrumented
beams protected by outer beams as given by EN 13381-7.

2.1.2 Installation and mounting of the test specimen
and furnace control
The prepared specimens were stored for 3 days in the
climate chamber (20 °C, 65% RH). The test specimens
were mounted on the model scale furnace by SP. The
test specimens were placed horizontally on the strips of
stone wool centric on the test furnace. Between the test
specimens a strip of stone wool (width 50mm, density
30kg/m3; compressed to about 20 mm) was placed.
Figure 3 shows the actual test set-up.
The test furnace was controlled in accordance with EN
1363-1. The furnace temperature was measured with two
plates thermometer which were placed approximately
100 mm below the fire exposed lower surface of the test
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specimen. Meanwhile for the furnace pressure, it was
controlled by pressure transmitter which was installed at
250 mm below the fire exposed lower surface of the test
specimen.

Figure 3: Charring specimen with one and three instrumented
beams protected by outer beams as given by EN 13381-7.

The furnace pressure was set to 10.9 Pa to reach 13 Pa
(overpressure) at the fire exposed lower surface of the
test specimen. Subsequently, the ambient air temperature
was measured before and after the fire test. The room
temperature was estimated to 22 °C during the test.
However, it is not possible to provide a stated degree of
accuracy of the results due to the nature of fire resistance
testing and the consequent difficulty in measuring the
ambiguity of measurement of fire resistance. The test
was performed for 60 mins duration.

Figure 4: Samples after installation

2.2.2
Test procedure
The test specimen had been conditioned according to EN
13238, clause 4. The test had been performed in
accordance with EN 13823: 2010. Figure 5 shows the
actual reaction to fire test. The flame spread, smoke
production and burning droplets were measured.

2.1.3 Assessment of the charring rate
Observations were made on the test specimens during
and after fire exposure. The one dimensional charring
rate was calculated in accordance with EN 133817:2014. By using the determined times t300,i,j in minutes,
the charring rate βi,j between 2 consecutive depths
(equation 13.4 in prEN 13381-7) and the mean value βj
for all measurement stations j (equation 13.5 in prEN
13381-7) were assessed. When no measurement is
available for thermocouples at the surface of the charring
test specimen, the start of charring was assumed to be at
t =0 minutes.

2.2 REACTION TO FIRE TEST
2.2.1
Sampling and preparation of test specimens
The reaction to fire test was set-up in accordance with
EN 13 823. The reaction to fire test was set-up using
three (3) samples of 280 mm x 1500 mm x 80 mm, 3
samples of 720 mm x 1500 mm x 80 mm and 500 mm x
1500 mm x 80 mm in lengthwise direction. The beams
were arranged vertically as shown in Figure 4.
The long wing and the short wing had been mounted
with a distance of ≥ 80 mm to the backingboards. The
long wing had been mounted with a vertical joint of 1
mm in the long wing at a distance of 200 mm from the
corner-line as shown in Figure 4. The test specimen had
been conditioned according to EN 13 238, clause 4.

Figure 5: Test set-up for reaction to fire test

3

RESULTS AND DISCUSSIONS

3.1 CHARRING RATE
3.1.1

Observations after the fire test

The observations were made on the exposed specimens.
Figure 6 shows the condition of the specimens during
fire exposure at 51.24 minutes. After the specimens have
been removed from the furnace and after they have been
extinguished it was observed that some of the char coals
were missing (Figure 7).
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Figure 9: Residual cross-section, length position 500mm
(from the window side)

Figure 6: Exposed surface observed from the rear end of the
furnace at time 51:24 minutes

The one dimensional charring rate β0 was calculated in
accordance with prEN 13381-7:2014. Using the
determined times t300,i,j in minutes, the charring rate
βi,j between 2 consecutive depths (equation 13.4 in prEN
13381-7) and the mean value βj for all measurement
stations j (equation 13.5 in prEN 13381-7) were
assessed. When no measurement is available for
thermocouples at the surface of the charring test
specimen, the start of charring was assumed to be at t =0
minutes.

Figure 10: Residual cross-section, length position
750mm (from the window side)
As specified in 13.3 (b) of prEN13381-7, the charring
rate β0 is the maximum of all charring rates βj which in
this case can be determined to be 0.69 mm/min for one
dimensional charring rate for Malagangai glulam. This
value is higher than the charring rate of softwood glulam
in EC 5 but smaller than the charring rate of softwood
glulam in BS 5268. As the density of Malagangai glulam
is 800kg/m3, it is expected to have better charring rate
than lower density timber as in EC 5.
Further
investigation needs to be carried out in order to validate
this result.

3.2 REACTION TO FIRE

Figure 7: Wall side (top end in the image) of charring
specimens after extinguishing work.

3.1.2
Charring rate value
The readings from the three stations for 2 samples were
analysed. All the analyses of charring rate were taken
during
thermocouples
reaching
temperatures
approximately 300°C because it is the temperature at
which timber starts to char [1,2,7]. Figures 8 to 10 show
the one-sided samples after removing the char.

Figure 8: Residual cross-section, length position 250mm
(from the window side)

If a fire should occur, it is important that the building can
be evacuated as quickly as possible in order to save
lives. The time available for evacuation depends on the
building materials and their fire properties. The fire
safety in construction products is determined through
Euroclasses. The Euroclasses were introduced to create a
common platform for the comparison of the fire
properties of construction materials.
The classification of reaction to fire classes has been
carried out in accordance with EN 13501-1: 2010, clause
11.3. The main parameters involve are smoke class,
burning growth rate (FIGRA) and burning droplets.
In determining the flame spread, the measurement of
average heat release-rate HRRav(t), the total heat release
THR(t) and the FIGRA(t)-value for Malagangai glulam
as shown in Figures 11(a) and 11(b) respectively were
analysed. As for the classification of the smoke
production, the graphs in Figure 12 were analysed. The
results of reaction to fire are tabulated in Table 2.
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(a)

(a)

(b)
Figure 11: Graphs of reaction to fire; (a)the average heat
release-rate HRRav(t) and the total heat release THR(t), and
(b)the FIGRA(t)-value.

(b)
Figure 12: Graphs of (a) the smoke production-rate SPRav(t)
and the total smoke production TSP(t), and (b) the
SMOGRA(t)-value.

Table 2: Test results in accordance with EN 13 823, clause 9

Test No
FIGRA0,2 MJ (W/s)
FIGRA0,4 MJ (W/s)
LFS < edge
THR600s (MJ)
SMOGRA (m2/s2)
TSP600s (m2)
Flaming
droplets/
particles

1

2

3

215,12
215,12
yes
10,38
9,32
55,35
no

217,35
217,35
yes
11,52
9,88
53,42
no

242,69
242,69
yes
11,38
9,92
55,61
no

Based on FIGRA, Malagangai glulam in relation with its
fire behavior is classified as D which is the classification
for wood and wood product. The additional classification
in relation with smoke production is in Class S2 which
means medium smoke generation. Meanwhile, the
burning droplets/particles is classified as d0 which
implies that no burning droplets or particles were emitted
from the structural element.

Mean
values*
225,05
225,05
yes
11,09
9,71
54,79
no

Figure 13 shows the charred specimens after flame
spread tests. It can be seen that the flame did not spread
beyond the ignition area (triangle section) (Figure 13a).
Very little flash over can be seen on the connected piece
as shown in Figure 13b in which mainly due to the
smoke stain.
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[2]
[3]
[4]
[5]

[6]
(a)

(b)
Figure 13: Reaction to fire test; (a) charred specimens after
flame spread test and (b) close-up view of charred specimen

4

CONCLUSION

This study gives preliminary information on the charring
rate of glulam made from Malaysian hardwood tropical
timber. The one-sided charring rate value for Malagangai
glulam is 0.69 mm/min.
In the reaction to fire study, Malagangai glulam falls in
Class D with Class S2 for smoke generation and the
burning droplets/particles is classified as d0.
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SELF-EXTINGUISHMENT OF CROSS-LAMINATED TIMBER
Roy Crielaard1, Jan-Willem van de Kuilen2, Karel Terwel3, Geert Ravenshorst4,
Pascal Steenbakkers5, Arnoud Breunese6
ABSTRACT: Cross-laminated timber, or CLT, is receiving attention for its potential use in tall buildings. As a
combustible material, one of the challenges for the construction of these buildings is the fire risk that results from its use
in the structure. Unprotected CLT can burn along with the fuel load present in a compartment. Irrespective of its fire
resistance rating, it is uncertain whether the structure will be totally consumed in the event of a complete burnout, or
whether a fire would decay by self-extinguishment.
Self-extinguishment of CLT was investigated by first creating a theoretical model that determined the conditions under
which it could be achieved. Two series of experiments were subsequently conducted to quantify these conditions. Based
on these experiments it was concluded that there is a potential for self-extinguishment of CLT if: delamination and falloff of charred layers are prevented by applying sufficiently thick lamellae; the heat flux on the CLT during smouldering
is below 5 to 6 kW/m2; and the airflow over the CLT surface during smouldering is limited to a speed of 0,5 m/s at heat
flux exposures below 6 kW/m2.
KEYWORDS: Cross-laminated timber, CLT, structure, fire, self-extinguishment, experiments

1 INTRODUCTION 123456

2 PROBLEM DESCRIPTION

Architects and engineers are witnessing an increased
interest in timber. Although wood has been a
construction material for a long time, it is currently
receiving attention for its potential use in increasingly
taller buildings [1-3].
On the one hand, this development has to do with new
engineered timber products and the potential economic
benefits of prefabricated timber. On the other hand, the
shift towards more sustainable architecture makes new
applications of timber interesting.
Because timber is a combustible material, one of the
challenges for the construction of tall timber buildings is
the potential fire risk that results from its application in
the structure. Architects and owners are asking for more
wood to be exposed and previous studies have identified
issues that will need to be addressed to warrant the safety
of these tall buildings with exposed timber [4, 5].
One of these issues is the fundamental tenet of tall
building fire safety design that the structure shall
withstand the burnout of all the combustible material
present. A key question for the fire safe design of tall
timber structures therefore is: will the timber structure
extinguish or continue to burn?

Building codes typically assume a structure not to be
part of the fuel load during a fire and implicitly or
explicitly restrict the use of combustible materials for
construction. Traditional forms of timber construction do
not deviate significantly from this assumption. Either the
amount of exposed timber is small, e.g. heavy timber
frame construction with columns and beams; or the
timber is fully protected by encapsulation, e.g. light
timber frame construction.
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2.1 EXPOSED CLT DURING BURNOUT
However, an unprotected CLT structure consisting of
walls and floors will result in a larger amount of timber
exposed. This structure can then burn along with the fuel
load present in a compartment during a fire. The
assumption that the structure is not a part of the fuel is
no longer valid.
In the event of a complete burnout the fire will continue
until all fuel has been consumed. Because the exposed
timber structure will contribute to this fuel, it is uncertain
whether the timber structure will be completely
consumed. If the structure continues burning, it can no
longer be expected to be able to maintain its loadcarrying
capacity
or
provide
acceptable
compartmentation. This could result in failure of the
structure and collapse.
2.2 CONSEQUENCES OF COLLAPSE
The potential collapse as a result of a compartment
burnout is especially important considering the
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envisioned use of timber in tall building. For tall
buildings, there is an increased severity of the
consequences of structural failure as result of a fire [6].
In order to obtain a desired level of safety, building
codes typically compensate for these severe
consequences with a higher level of reliability of the fire
safety measure. This is often achieved by specifying a
higher fire resistance rating. However, irrespective of the
fire resistance rating, the performance of the timber in a
burnout scenario is uncertain, because it is unknown
whether it continues burning.
Eurocode also recognises the risk associated with failure
of a tall buildings and indicates that it is to be designed
according to consequences class 3; i.e. failure of the
structure is highly undesirable and the structure needs to
be reliable, safe, and robust. The design in consequence
class 3 requires a high degree of insight into the
structural fire behaviour. An in-depth investigation of
risks associated with the fire behaviour and the structural
fire response is needed.
2.3 POTENTIAL SELF-EXTINGUISHMENT
An alternative to the sustained burning of CLT after a
compartment burnout is potential self-extinguishment.
Self-extinguishment would mean the combustible
contents in the compartment have been consumed, while
the timber structure is no longer burning and still able to
maintain its load-carrying capacity. As a result, the CLT
structure might be able to survive the fire and collapse is
prevented.
Self-extinguishment is not yet well understood. Fire tests
are generally stopped and cooled with water before selfextinguishment can manifest, normally because a predetermined period has elapsed, corresponding to the fire
resistance period of interest.
This research aims to increase insight into the behaviour
of unprotected CLT in a compartment burnout by
explicitly investigating self-extinguishment and the
conditions under which it can occur. In reality,
extinguishment could be achieved in combination with
active measures, such as sprinkler activation or firebrigade intervention. However self-extinguishment was
investigated on its own as a passive protection
mechanism in this research. The main research question
is: “Under what conditions is there a potential for selfextinguishment of cross-laminated timber?”

3 SELF-EXTINGUISHMENT MODEL
In order to quantify the conditions for selfextinguishment, it is important to identify the phases of a
self-extinguishing CLT room fire.
3.1 INDICATION OF SELF-EXTINGUISHMENT
An indication of self-extinguishment of CLT was
observed in tests conducted by McGregor et al. [7]. His
observations indicate that CLT can be expected to decay
along with the “initial” fire of compartment contents,
e.g. the burning of furniture in the test room or the fire
created by propane burners.
In some tests by McGregor the CLT subsequently
transformed from flaming to smouldering combustion.

This smouldering then faded, which could indicate selfextinguishment. However, actual self-extinguishment
was not observed because the tests were stopped.
In other setups tested by McGregor, the CLT
delaminated. Delamination occurs when the adhesive
between the lamella of the CLT loses bonding at
elevated temperatures, resulting in a separation of the
layers. In these tests the fire was observed to either
remain in flaming combustion or revert back to it.
These observations suggest that if a potential for selfextinguishment exists, it will likely be reached when the
CLT does not delaminate and the fire can enter a
smouldering phase.
3.2 THE INFLUENCE OF DELAMINATION
The influence of delamination and the performance of
the adhesive on the burning behaviour of CLT have been
investigated by Frangi et al. [8]. Common types of CLT
use polyurethane (PU) based adhesives. The PU based
adhesives investigated were found to be prone to
delamination when the CLT was tested in a horizontal
configuration with a standard fire exposure (a timetemperature curve commonly used to assess the fireperformance of materials and structural elements) from
below. The delaminated lamella fell off; exposing the
next uncharred layer, resulting in a sudden increase of
the burning and charring rates. Delamination occurred
after a layer was completely charred, i.e. when the 300
°C isotherm reached the adhesive. The influence of the
thickness of lamellae was also investigated in these tests.
It was found that less lamellae but greater thickness
decreases the amount of layers that can delaminate,
while increasing the time before it occurs.
These observations suggest that PU based CLT can be
prone to delamination and fall-off. When this is
combined with the observations made by McGregor, it
seems that self-extinguishment is difficult to achieve if
delamination occurs. However, there is a potential to
increase the lamella thickness in order to delay
delamination and allow the fire to transform from
flaming to smouldering within the thickness of a single
lamella.
3.3 SMOULDERING
Once the CLT has reached a smouldering phase, it still
needs to extinguish. Ohlemiller [9-11] investigated
smouldering wood and found that it does not smoulder
along its surface unless supplemented by a radiant flux
of ~10 kW/m2. Smouldering was found to be controlled
by the rate of diffusion of oxygen to the reaction zone,
rather than by the amount of oxygen available in the
ambient air. A forced oxygen supply due to an imposed
airflow over the surface increased smouldering.
Beyler et al. [12] and Swann et al. [13] found that a
radiative flux of ~8 kW/m2 was required for the onset of
glowing on the surface of plywood. Glowing was not
sustained in absence of the heat flux. The idea that wood
is not able to sustain its own combustion is supported by
the experience that wood will not burn in flaming
combustion unless supported by heat from another
source. Tewarson and Pion [14] observed that the heat
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transfer from the flames to the wood is theoretically just
sufficient to match the heat losses, while the results
obtained by Petrella [15] indicate that the losses are even
slightly higher.
These observations suggest an externally applied heat
flux is required to sustain smouldering. In a real
compartment fire, this heat flux would be provided by
mutual cross-radiation, depending on the amount of,
geometry, and orientation between the CLT surfaces and
other hot objects or flames. If this flux drops below a
certain threshold value, the CLT can be expected to
transform from smouldering to self-extinguishment.
Furthermore, it can be assumed that smouldering is more
likely to be sustained with a forced oxygen supply.

4.1 FIRST SERIES OF EXPERIMENTS
The first series of experiments quantified the conditions
of heat flux and airflow under which the transition from
smouldering to self-extinguishment can occur.
4.1.1 Approach
The approach was to subject small CLT samples to a
two-step heat flux (figure 2). This two-step exposure
represents the heat flux unprotected CLT receives in a
room fire, assuming no delamination occurs.

3.4 THE ROUTE TO SELF-EXTINGUISHMENT
Based on the work discussed above, a model is
formulated that describes self-extinguishment of CLT
(figure 1).

Figure 2: Approach of the first series of experiments

Figure 1: Model of self-extinguishment of CLT

Under the influence of an “initial” fire due to burning of
compartment contents, an exposed CLT structure can be
expected to become involved in flaming combustion. In
a compartment burnout scenario, the initial fire will
decay once compartment contents have been largely
consumed, resulting in a decrease of the CLT’s
contribution to the fire, instigating its transformation
from flaming to smouldering combustion.
Subsequently, the CLT can transform from smouldering
to self-extinguishment if a sufficiently low heat flux is
present and if the airflow over the surface is favourable.
However, delamination and fall-off can interfere with
these transitions by sustaining flaming or reverting
smouldering back to flaming. As a result, the CLT might
not self-extinguish.
Alternatively, delamination may be prevented if the
lamellae are sufficiently thick and the charring front does
not reach the adhesive, so that the transformations may
occur within the thickness of the first lamella.

The first heat flux of 75 kW/m2 simulated the fully
developed fire. When the samples were charred to a
degree that can be expected in a real fire they were
switched to a variable second heat flux of ≤ 10 kW/m2.
This switch represented the decay of the room contents
with the second heat flux simulating the subsequent
cross-radiation of smouldering CLT surfaces and other
hot objects.
Samples were expected to self-extinguish if the second
heat flux dropped below a certain threshold value. In
some experiments, an additional air flow was led over
the samples during smouldering.
4.1.2 Equipment
A cone calorimeter (figure 3) was used to provide the
first high heat flux exposure. The cone calorimeter
consists of a radiant heater that can impose heat upon the
face of a sample, while measuring the sample mass and
analysing exhaust gases to determine the heat release
rate. Samples were oriented with the lamella in a
horizontally configuration to prevent fall-off under the
influence of gravity.

4 EXPERIMENT SET-UP
Two series of experiments were conducted to investigate
the model of self-extinguishment and quantify the
conditions under which self-extinguishment can take
place.

Figure 3: Test setup of the first series of experiments
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A separate cone heater was used to impose the low heat
flux. A fast transition between the heat fluxes was
possible by switching the sample from one device to the
other. Simultaneously, samples were placed on a scale to
measure the mass to provide an indication of selfextinguishment. In the experiments with an additional air
flow over the sample surface, a domestic fan was used.
4.1.3 Samples
The samples were cut to sizes of 100 by 100 mm and 50
mm thick from 100 mm thick CLT plates (figure 4).
These plates were built-up of five cross-wise oriented 20
mm thick lamella, made of spruce, grade C24, glued
with a polyurethane adhesive for face and finger jointing
and an emulsion polymer isocyanate glue for edge joints.

when the 300 °C isotherm no longer propagated through
the CLT and when temperatures were below 200 °C.
This indicated no volatiles (gaseous fuel vapours) were
produced and no wood was decomposed into char: the
combustion reaction had stopped. Another indication
was the ceasing of further mass reduction. A sample was
considered to be burned through if the 300 °C isotherm
reached the thermocouples at 40 mm depth and if the
sample kept losing mass.
4.2 SECOND SERIES OF EXPERIMENTS
The second series of experiments investigated the
complete model of self-extinguishment, including the
influence of delamination and fall-off of char.
4.2.1

Approach

The approach was to subject small CLT compartments to
a simple design fire with a constant heat release rate of
41 kW and a decay phase (figure 5). This design fire
simulated the burning of an initial fire in a room,
excluding burning of CLT. The CLT became involved in
the fire and once it was charred to a degree that can be
expected in a real fire, the initial fire was stopped,
representing the depletion of the initial fire load.

Figure 4: Sample for the first series of experiments

The samples were conditioned at a relative humidity of
50 % and a temperature of 23 °C for 2 weeks until a
stable weight was achieved. After conditioning, 33 mm
long canals were drilled from two sides of the samples at
distances of 10, 20, 30 and 40 mm from the top surface,
to accommodate thermocouples. Two thermocouples
were also installed at the top surface. The thermocouples
provided temperature data through the samples, which
allowed for the determination of charring rates and
would indicate if samples had extinguished. Finally, the
samples were weighed and edges wrapped in aluminium
foil to reduce the effect of sideward heating.
4.1.4 Procedure
At the start of an experiment, the CLT sample was
placed on the cone calorimeter load cell with the top
surface 25 mm below the heater. The shutters opened,
exposing the sample to a 75 kW/m2 heat flux and an
automatic igniter provided piloted ignition.
When 20 mm of the CLT was charred, i.e. when the
thermocouples at 20 mm depth exceeded 300 °C, the
sample was removed from the calorimeter and quickly
placed on the scale under the separate heater during a 10
second interval. A 20 mm char layer represented a steady
thickness that can be expected to develop in a fully
developed fire, while leaving sufficient uncharred
material to disregard edge disturbances.
The sample was subsequently exposed to the second flux
between 0 and 10 kW/m2 and in some cases to an
additional airflow over its surface. An experiment was
stopped if the sample had extinguished or burned
through. A sample was considered to be extinguished

Figure 5: Approach of the second series of experiments

The CLT was then expected to transform from flaming
to smouldering. Alternatively, it could remain in flaming
combustion, potentially as a result of delamination and
fall-off. If the fire did transform to smouldering, the CLT
could transform back to flaming due to delamination and
fall-off, continue smouldering if the heat flux was high
enough, or self-extinguish if it was sufficiently low. The
influence of airflow was not investigated.
The heat flux received by the CLT after cessation of the
propane flow was provided by mutual cross-radiation
between CLT surfaces. Various heat fluxes were created
by varying the amount of exposed CLT compared to
non-combustible surface. The CLT was orientated
vertically, such that fall-off of char could occur and its
effects on the fire could be investigated.
The idea that a sufficient thick lamella can assist in
achieving self-extinguishment was tested in one
experiment by increasing the top lamella to 40 mm.
4.2.2 Equipment
The design fire was created by a square propane burner
bed with seven rows of five burners, each with a

WCTE 2016 e-book | 4449

capacity of 26 kW (figure 6). Compartments were placed
on top of this bed so that the burners were level with the
compartment floor. This required perforation of the
floor. A mass flow controller allowed the propane to be
regulated to deliver the desired heat release rate.

Figure 6: Test setup of the second series of experiments

In order to evaluate the severity of the fire and potential
self-extinguishment, smoke and gases were extracted
and analysed by an oxygen consumption calorimeter that
determined the heat release rate. A heat flux sensor was
placed in the middle of the opening. The heat flux
measurement was used to estimate the heat flux on the
CLT, considering the configuration of the rooms.
4.2.3 Samples
The samples were boxes of 0.5 by 0.5 by 0.5 m internal
dimensions with an opening 0.18 m wide over the full
height. Floor, ceiling, and front were made of 20 mm
thick non-combustible board. Back- and side walls were
either CLT or also non-combustible board (figure 7).

middle of the boxes at 400 and 200 mm heights, to
obtain “room” temperatures. Joints and canals were
sealed with a non-combustible fire-resistant glue to
avoid spreading of the fire and samples were weighed.
4.2.4 Procedure
At the start of an experiment the burners were ignited
and the heat flux sensor was placed in the opening. The
propane flow was increased to the flow corresponding to
a heat release rate of 41 kW for the initial fire.
The CLT became involved in flaming combustion,
contributing to the total fire. When 20 mm of the CLT
was charred the propane flow was stopped and the initial
fire decayed. Without the initial fire, the behaviour of the
CLT on its own was investigated.
Similar to the first series of experiments, an experiment
was stopped if the sample had extinguished or burned
through. A sample was considered to be extinguished
when the 300 °C isotherm no longer propagated through
the CLT and when temperatures were near or below 200
°C. Another indication was the heat release rate dropping
to approximately 0 kW. A sample was considered to be
burned through if the 300 °C isotherm reached the
thermocouples at 60 mm depth from the fire-side surface
and when the heat release rate remained positive.
4.3 OVERVIEW OF EXPERIMENTS
An overview of experiments is given in tables 1 and 2.
Table 1: overview of first series of experiments

Experiment
1.1, 1.2
1.3, 1.4
1.5, 1.6
1.7 , 1.8
1.9, 1.10
1.11
1.12

Second
heat flux
0 kW/m2
5 kW/m2
10 kW/m2
8 kW/m2
6 kW/m2
6 kW/m2
6 kW/m2

Additional
airflow
0,5 m/s
1,0 m/s

Table 2: overview of second series of experiments

Experiment
Figure 7: Samples for the second series of experiments

The same CLT and way of conditioning were applied as
in the first series of experiments. To accommodate
thermocouples, five canals were drilled from the coldside to a depth of 20, 30, 40, 50, and 60 mm from the
fire-side surface. Such a set was typically located in the
middle of a CLT wall, or in the middle of a corner
connecting two CLT walls. The thermocouples were
closely spaced to provide temperatures through the CLT
at these locations, which allowed for the determination
of charring rates and provided an indication of selfextinguishment. Thermocouples were installed in the

2.1
2.2
2.3
2.4
2.5

CLT
elements
back wall
back- and
side
side walls
side walls
side walls

Top lamella
thickness
20 mm
20 mm
20 mm
20 mm
40 mm

5 RESULTS
5.1 FIRST SERIES OF EXPERIMENTS
During the initial 75 kW/m2 exposure, all CLT samples
became involved in flaming combustion within 10
seconds. Without a protective char layer, temperatures in
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the wood rose rapidly, typically to 700-750 °C, followed
by a more gradual increase to 770-880 °C. Temperatures
in deeper layers also increased, although less rapidly and
reaching lower peak values. Significant differences
between temperatures in adjacent layers indicated a steep
temperature gradient in the material, reinforcing the idea
of wood as an insulator of heat.
As a result of the increased temperatures, thermal
degradation of the wood occurred. Volatiles were
released and the samples lost mass. The volatiles were
ignited and heat was generated. Both mass loss and heat
release rates peaked after 20 seconds: on average 0,18
g/s and 237 kW/m2. This early peak can be attributed to
the absence of char at the start of an experiment.
As a result of the continued thermal degradation, a char
layer developed. This char protected the wood
underneath, which was reflected in mass loss rates and
heat release rates decreasing after the initial peak. This
suggested the char layer decreased the flow of heat to the
thermal degradation zone, slowing down the production
of volatiles. Typically, the mass loss and heat release
rates stabilised after 5 minutes. From that moment to just
prior to switching, the average mass loss and heat release
rates were 0,05 g/s and 73 kW/m2 respectively.
On average the temperatures at 20 mm depth exceeded
300 °C after 20 minutes 40 seconds. The samples were
switched to a lower flux in the range of 0-10 kW/m2.
Flaming ceased within 1 minute and the CLT
smouldered. Depending on the level of heat flux and any
additional airflow, either smouldering was sustained and
the sample burned-through, or the smouldering ceased
and the sample self-extinguished. Table 3 presents an
overview of extinguishment and burning-through.
Table 3: results of first series of experiments

Experiment
1.1, 1.2
1.3, 1.4
1.5, 1.6
1.7 , 1.8
1.9, 1.10
1.11
1.12

Second heat flux
+ airflow
0 kW/m2
5 kW/m2
10 kW/m2
8 kW/m2
6 kW/m2
6 kW/m2+0.5 m/s
6 kW/m2+1.0 m/s

Selfextinguished
yes
yes
no
no
yes
yes
no

5.1.1 Heat flux condition for self-extinguishment
Samples extinguished at a heat flux of 0 or 5 kW/m2 and
a heat flux of 5 kW/m2 can be taken as a lower bound for
the threshold at which self-extinguishment takes place.
At a heat flux of 8 or 10 kW/m2 the samples continued
smouldering and burned-through. Samples exposed to a
6 kW/m2 flux initially smouldered; the 300 °C isotherm
penetrated to 30 mm depth, and the sample kept losing
mass. However, the 300 °C isotherm did not reach 40
mm depth, all temperatures dropped below 200 °C, and
the weight stabilised. The samples had extinguished after
some initial smouldering. This extinguishment after
initial smouldering can be explained by a slowly
decreasing heat flux received by the samples, as a result

of an increasing distance between the sample surface and
the cone heater, due to a reduction in volume when wood
is transformed to char and ash. Therefore, a heat flux of
6 kW/m2 can be considered to be an upper bound for the
threshold at which self-extinguishment takes place.
Based on this analysis, the threshold flux at which selfextinguishment occurs is in the range of 5 to 6 kW/m2.
5.1.2 Air flow condition for self-extinguishment
The influence of additional air flow over the sample
surface was investigated only in combination with a 6
kW/m2 heat flux. An additional airflow speed of 0.5 m/s
resulted in self-extinguishment more quickly than
without, while an additional airflow of speed 1.0 m/s
resulted in intense smouldering and burn-through. Based
on this limited data, it can be expected that an additional
airflow speed of 1.0 m/s results in less favourable
conditions for self-extinguishment, while an additional
airflow speed of 0.5 m/s results in more favourable
conditions. Based on this analysis, it can reasonably be
assumed that at a heat flux < 6 kW/m2, an airflow with a
speed limited to 0.5 m/s results in self-extinguishment.
5.1.3

Charring rates

Charring rates were obtained by estimating the location
of the 300 °C isotherm, based on the average
thermocouple temperature at a certain depth. Charring
rates varied as the smoulder front propagated through the
material and were expressed as an average for each layer
of 10 mm material. The average charring rate during 75
kW/m2 exposure was 1.67 mm/min for the first 10 mm
and 0.78 mm/min for the second 10 mm. Two additional
experiments were conducted in addition to those listed in
table 1, in which the samples were not switched,
resulting in a charring rate of 0.78 and 0.67 for the third
and fourth 10 mm respectively.
Charring rates for the second lower exposures were
found to depend on the level of heat flux and any
additional airflow. For a 0 and 5 kW/m2 heat flux, no
charring rates were obtained, because these samples
extinguished. For the 6 kW/m2 exposure, the average
charring rate for the third 10 mm of material was 0.15
mm/min, but for deeper layers no charring rate was
recorded, because these samples also extinguished. For
10 and 8 kW/m2 exposures, the average charring rates
were 0.20 and 0.16 mm/min for the third 10 mm of CLT,
and 0.28 and 0.21 mm/min for the fourth 10 mm of CLT.
In the experiment with an additional airflow, no charring
rates were recorded at an airspeed of 0.5 m/s, while high
charring rates of 0.48 mm/min and 0.56 mm/min for the
third and fourth 10 mm of CLT were obtained at an
airspeed of 1.0 m/s.
5.1.4

Delamination

Inspection of the samples revealed delamination had
occurred, typically as the 300 °C isotherm reached the
PU adhesive. This did not result in fall-off, because the
delaminated layer would lie on top of the sample due to
the horizontal orientation. As a result, delamination had
no significant influence on the burning behaviour.
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5.1.5

Temperature profiles

The distribution of temperatures through the CLT
provided insight into how the samples smouldered.
Figure 8 shows a temperature profile of an experiment
using a 10 kW/m2 exposure. The various zones of the
smouldering mechanism can be observed propagating
through the material.
At the surface a residual ash and char layer was present.
Its temperature was relatively low, approximately 400
°C, because the surface is subjected to significant heat
losses. Temperatures eventually decreased below 400
°C, but only once thermocouples became exposed to the
ambient air. The surface temperature is important,
because in a real fire, the heat flux received by other
surfaces depends in part on the surface temperature of
the smouldering CLT. For the purpose of estimating this
heat flux, a surface temperature of smouldering CLT of
400 °C can be used.
Below this residual layer is a reaction zone where char is
oxidized. The energy and heat that are produced drive
the smouldering process. The temperature is high; 400600 °C. Heat is conducted from this zone to the surface
and deeper into the sample to the thermal degradation
zone. While the reaction zone is insulated by the ash and
char layer, the losses can become too large. If these
losses are not sufficiently compensated by an externally
applied heat flux, the smoulder process cannot be
sustained and the sample self-extinguishes.
The heat conducted from the reaction zone to the deeper
layers elevates the temperature above 200 °C, which
results in thermal degradation of the wood. When the
temperature is above 300 °C, the wood can be
considered to be transformed into char. While the zones
propagate through the sample, this char becomes the
reaction zone, and the former reaction zone becomes a
residual layer.

5.2 SECOND SERIES OF EXPERIMENTS
In the second series of experiments, after ignition of the
propane fire, the CLT walls became involved in flaming
combustion within 2 minutes. The heat release rate of the
propane fire was 164 kW/m2 over the floor area, but the
total heat release rate rose rapidly to an average of 354
kW/m2 due to involvement of the CLT. On average, the
CLT contributed 90 kW/m2 over its surface area during
burning of the propane fire.
Contrary to the first series of experiments, the heat
release rate and mass loss rate did not peak early. This
seemed due to the fact that the CLT was not instantly
exposed to a high heat flux, but was exposed to it more
gradually. Temperatures in the compartments rose
rapidly to 900 °C, followed by a more gradual increase
to 1000-1170 °C.
During burning of the propane fire, some fall-off of char
occurred in experiments 2.2, 2.3, and 2.4, even though
the 300 °C isotherm had not yet reached the PU
adhesive. This suggested not that these pieces had
delaminated, but that pieces were breaking off.
Furthermore, the amount of fall-off was minor compared
to when charring had progressed further into the CLT.
When thermocouples indicated temperatures at 20 mm
depth exceeded 300 °C, the propane flow was reduced to
0 % and the initial fire decayed. The behaviour of the
various compartments, in terms of the model of selfextinguishment, is shown in figure 9. Delamination and
fall-off played a major role in the behaviour.

Figure 9: results of second series of experiments

5.2.1 Compartments that burned-through

Figure 8: Temperature profiles in experiment 1.6

Investigation of temperatures also showed additional
airflow had two effects: increased surface cooling and
additional heat generated due to an increased reaction
speed as a result of forced oxygen supply. These effects
seemed to compete in slowing down and speeding up the
reaction and the net result appears to be dependent on the
speed of the additional airflow.

In compartment 2.2 with three CLT walls, delamination
resulted in sustained flaming combustion. A smouldering
phase was never reached (figure 10). New wood became
exposed when the temperatures in the compartment were
relatively high, 700-900 °C, as was the heat flux on the
CLT, 49 kW/m2 at the middle of the side walls and 43
kW/m2 at the middle of the back wall.
In compartment 2.3 with two side walls, the fire
transformed from flaming to smouldering when room
temperatures were in the range of 400-500 °C and the
estimated heat flux on the middle of the side walls was
12 kW/m2. However, delamination and fall-off during
smouldering resulted in local flaming and eventually in
reverting back to flaming combustion of all CLT in a
“second flash-over”. Just before this second flash-over
room temperatures had dropped to 250-350 °C and the
heat flux on the side walls was approximately 8 kW/m2.
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Figure 10: Compartment 2.2 with three CLT walls remained in
flaming combustion after the initial fire was stopped due to
fall-off of delaminated layers.

5.2.2 Compartments that extinguished
In compartment 2.1 with one CLT wall, the fire
transformed from flaming to smouldering when room
temperatures were 400 °C and the heat flux on the
middle of the CLT wall was 12 kW/m2. Fall-off occurred
during smouldering when room temperatures were
relatively low, < 225 °C, as was the heat flux on the
middle of the side wall, < 3,5 kW/m2. Fall-off did not
result in a transformation from smouldering back to
flaming. The smouldering decreased in intensity and the
CLT eventually self-extinguished.
In compartment 2.4 with the same configuration as
compartment 2.3, the fire was able to transform from
flaming to smouldering when room temperatures were
450-600 °C and the heat flux on the middle of the side
walls was 12 kW/m2. During smouldering of the CLT
delamination and fall-off occurred when room
temperatures were < 250 °C, and when the estimated
heat flux on the middle of the side wall was < 4 kW/m2.
Some local flaming occurred, but this did not result in a
second flash-over. The smouldering decreased in
intensity and the CT eventually self-extinguished.
In compartment 2.5, with two CLT side walls and a 40
mm top lamella, the fire transformed from flaming to
smouldering within minutes of the propane fire being
turned off. Room temperatures were 400-550 °C and the
heat flux on the middle of the side walls was 12 kW/m2.
No fall-off was observed. The smouldering quickly
decreased in intensity and the CLT self-extinguished.
Inspection of the sample showed the charring front had
penetrated just past a depth of 20 mm.
5.2.3 Lamella condition for self-extinguishment
The experiments showed that the conditions in the
compartment have an influence on the effect of
delamination and fall-off (figure 11). In experiment 2.2
flaming was sustained because compartment conditions
were sufficiently “hot”. The exposed wood was subject
to high temperatures and heat flux, resulting in the
release of more combustible gases that burn in flaming
combustion.
In experiment 2.3, fall-off occurred when the room
temperature was > 250 °C and the heat flux was > 8
kW/m2. These conditions were cooler than during the

transformation from flaming to smouldering, but hot
enough to result in local flaming at multiple locations.
As a result, temperatures remained high, which made
sustained burning and delamination of other surfaces
more likely. When even more pieces delaminated, this
resulted in a “chain reaction” and a second flash over.
In experiments 2.1 and 2.4 delamination and fall-off did
not result in sustained flaming. Compartment conditions
were sufficiently “cool” by the time fall-off occurred.
Either insufficient combustible gases were released when
new wood became exposed, or some local flaming
occurred that was insufficiently to start in a chain
reaction. The conditions at which delamination was
“safe” were found to be room temperatures of < 250 °C
and a heat flux to the CLT wall of < 4 kW/m2.
However delamination and its effects were found to be
unpredictable. For example, experiments 2.3 and 2.4,
which had the same configurations, showed completely
different outcomes; one exhibited self-extinguishment
whereas the other showed burn-through after a second
flashover. Therefore, relying on compartment conditions
to sufficiently cool down to allow for “safe”
delamination seems risky.
Alternatively, as shown in experiment 2.5, an increased
thickness of the lamellae can prevent delamination. The
charring front did not reach the adhesive and no
delamination and fall-off occurred. The fire transformed
from flaming to smouldering and could then make the
transition to self-extinguishment if the conditions of heat
flux and air flow were favourable. This was indeed the
case in experiment 2.5 where the configuration with two
CLT walls opposite each other resulted in a heat flux
received by the CLT during smouldering below the
threshold value of 5 to 6 kW/m2.

Figure 11: Compartment temperatures at 400 mm height in
four of the samples of the second series of experiments

5.2.4

Total energy released by the CLT

The contribution of the CLT to the fire can be expressed
in terms of the total energy released. Table 4 shows the
energy released by the propane fire and by the CLT.
In the experiments where the compartments did not selfextinguish, the CLT contributed significantly to the fire.
This contribution was 412 MJ/m2 over the CLT surface
in the experiment with three CLT walls (an increase of
401 % compared to the propane fire load). In the
experiments where the CLT did extinguish, the
contribution of the CLT did not exceed 242 MJ/m2. The
lowest contribution was in compartment 5 where no
delamination occurred; 142 MJ/m2. Note that these
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values were obtained under specific conditions of the
experiments, with a high ratio of CLT to floor area.
Table 4: energy released in the second series of experiments

Experiment
2.1
2.2
2.3
2.4
2.5

Propane fire
MJ
(/m2 floor)
112 (448)
77 (308)
55 (220)
62 (248)
63 (252)

CLT
MJ
(/m2 CLT)
57 (228)
309 (412)
185 (370)
121 (242)
71 (142)

Figure 12 illustrates the contribution of the CLT to the
fire in experiments with two CLT walls where burnthrough (2.3) and self-extinguishment (2.5) occurred.
Exposed CLT can significantly increase the total energy
released in a compartment, as well as the duration of the
fire. These are increased even further when delamination
and fall-off result in prolonged flaming.

limited number of experiments, conducted under specific
conditions. Unloaded specimen were used and choices
were made regarding fire load, ventilation conditions,
CLT build-up, adhesive, wood species, configuration,
and scale. These can influence the fire and structural
response. Furthermore, even seemingly identical
conditions can lead to different results. It is important to
consider the conclusions within this experimental range.
6.1 CONCLUSIONS
A challenge for the construction of tall timber buildings
with an exposed structure is the fundamental tenet of tall
building fire safety design that the structure shall
withstand the burnout of all the combustible material
present. A key question for the fire safe design of tall
timber structures therefore is: will the timber structure
extinguish or continue to burn?
Self-extinguishment of CLT follows a number of
phases. Under the influence of an initial fire due to
burning of room contents, the exposed CLT becomes
involved in flaming combustion. Once the room contents
have been largely consumed and the initial fire decays,
the CLT contribution is expected to decrease as well,
transforming from flaming to smouldering combustion.
Finally, there will be a transition from smouldering to
self-extinguishment.
There is a potential for self-extinguishment of
smouldering CLT if: the heat flux received by the CLT is
below 5 to 6 kW/m2; and the airflow over the surface is
limited to a speed of 0,5 m/s at heat flux exposures
below 6 kW/m2.

Figure 12: Total energy released

5.2.5

Charring rates

Charing of the first 20 mm was fairly constant for all
compartments, with an average 0.76 mm/min. This
average is higher than that provided by Eurocode 5 for
solid timber and glulam of 0.65 mm/min [16]. This is
attributed to the relatively intense propane fire compared
to the standard fire, and to the contribution of the CLT to
the fire during charring of the first 20 mm of CLT.
Charring of the deeper layers varied greatly. For the
compartment that self-extinguished, no charring rates
were obtained for the deeper layers. In the experiments
where burn-through occurred a wide range of charring
rates were obtained, with the average being 0.77
mm/min. Again, this average charring rate is higher than
provided by Eurocode, even though the propane fire was
not burning at this stage. This is attributed to the fact that
delamination increased the overall charring rate.

6 CONCLUSIONS AND
RECOMMENDATIONS
Two series of experiments were conducted to investigate
the conditions under which CLT can self-extinguish.
From the analysis a number of conclusions and
recommendations can be drawn. These are based on a

Delamination and fall-off of charred lamellae of CLT
can sustain flaming combustion or revert smouldering
back to flaming combustion. This prevents the CLT from
reaching a smoulder phase from which it could selfextinguish. Delamination and fall-off can be prevented
by an increased thickness of the top lamella ensuring the
charring front does not reach the polyurethane adhesive,
which would result in loss of bonding.
Exposed CLT increases the heat release rate and the total
energy released, and extends the duration of a fire. These
are further increased when delamination and fall-off
result in prolonged flaming.
6.2 RECOMMENDATIONS
To verify conclusions and assess the applicability for
real structures, further research is recommended on a
larger scale, on loaded specimen, and with variations of
the conditions mentioned above.
An explicit method for determining self-extinguishment
is currently not part of fire safety considerations for
timber buildings. Pending further research, selfextinguishment might be considered as part of a total fire
safety concept for timber buildings.
In a real tall building, active measures, such as sprinkler
activation and fire brigade intervention, can be expected.
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It would be recommended to investigate selfextinguishment as part of a total fire safety strategy.
The heat flux received by the CLT consists partly on
cross-radiation between smouldering CLT surfaces. This
cross-radiation is interactive by nature and should be
further investigated.
The influence of the airflow on the transition from
smouldering to self-extinguishment was investigated to a
limited degree. It would be recommended to further
investigate a range of airspeeds in combination with a
range of heat fluxes. Results should be compared with
actual values that can be expected in real compartments
and buildings, with and without openings in the façade.
Delamination and fall-off due to loss of bonding of the
polyurethane adhesive at elevated temperatures might be
prevented by (development of) other types of glue. As a
result, the CLT might perform as a solid slab of wood
and the application of a certain lamella thickness to
prevent delamination would no longer be required.
Exposed CLT can significantly increase the severity of a
fire. It is recommended to investigate the influence on
the development of fires. Results could be compared to a
standard fire and implications with regards to the fire
resistance of members could be discussed.
Charring rates in experiments where CLT contributed to
the fire were typically higher than suggested by
Eurocode 5. It is recommended to further investigate the
influence of the CLT contribution to the fire and of
delamination and fall-off on the charring rate. Results
could be compared with values in design guidance.
Even if delamination is prevented, flaming might be
sustained by a sufficiently high heat flux. This was not
investigated, but would need to be addressed and added
to the model of self-extinguishment.
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CHALLENGE TO TWO-HOURS FIRE-RESISTIVE GLUED LAMINATED
TIMBER MADE OF JAPANESE CEDAR
Nobuaki Hattori1, Keisuke Ando1, Toshiro Harada2, Daisuke Kamikawa2,
Masayuki Miyabayashi3, Kouta Nishimura4, Norichika Kakae4, Keiichi Miyamoto4,
Naoki Nishide5, Takahiro Hebiishi5
ABSTRACT: We developed a one-hour fire-proof glulam made of Japanese cedar and got the authorization as a
building material from the Minister of Land, Infrastructure and Transportation. We also succeeded to give one-hour fire
performance to cross laminated timber (CLT) using the same concept. The both structures consist of three parts which
are load-bearing part, fire-die-out part and surface part. Therefore, we challenged two-hours fire-resistive glulam using
the same concept. We used not only drill but also CO2 laser as an incising for lamina of fire-die-out parts and
impregnated the fire retardant evenly for diffusion. The main reason to use drill is that the handling of CO2 laser is not
so easy for glulam manufacturer. Comparisons of fire-performance between fire-die-out parts whose lamina were
incised by drill and CO2 laser, and finger jointed load-bearing part made of Japanese cedar and larch were also achieved
using the same glulam whose fire-die-out part is 90 mm in total thickness. The fire test was achieved in a furnace in
accordance with a standard heating curve by ISO 834-1. Though this glulam failed two-hours fire performance by a
little char and discoloration, we could know the difference in incising method and density of load-bearing part.
KEYWORDS: Japanese cedar, Incising, Drill, Laser, Fire-resistant, Glued laminated timber

1 INTRODUCTION123
Conventional glued laminated timber (glulam) was not
permitted any more to use to a wooden building in the
fire preventive district since the amendments of the
Building Standards Act in 2000 from experience with the
Great Hanshin-Awaji Earthquake.
We already developed a one-hour fire-proof glulam
made of Japanese cedar using laser incising [1,2] and got
the authorization as a building material from the Minister
of Land, Infrastructure and Transportation [3]. The first
building was built in the fire preventive district down
town in Tokyo [4].
We also succeeded to give one-hour fire performance to
cross laminated timber (CLT) by the same concept as the
glulam [5].
The both structures are composed of three parts which
are load-bearing part, fire-die-out part and surface part.
The fire-die-out part was made of lamina incised by CO2
laser with proper incising pattern and impregnated the
1
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fire retardant evenly. As the handling of CO2 laser is not
so easy for glulam manufacturer, we felt a growing need
for drill incising technology like a laser one.
Therefore, we have developed drill incising technology
from two years ago and got some results about drilling
condition for making a pinhole whose diameter is less
than 2 mm with the depth is over 40 mm.
As we have succeeded one after another to develop and
got the authorization as a building material from the
Minister of Land, Infrastructure and Transportation for
more competitive glulam, we have undertaken the
development of two-hours fire-resistive glulam using the
same concept of the one already developed.

2 MATERIALS AND METHODS
2.1 INCISING
Drill incising was conducted with custom-ordered NC
router (Nisshin Koosan) as shown in Fig. 1 to lamina
made of Japanese cedar (Cryptomeria japonica D. Don)
and Japanese larch (Lalix leptolepis Gordon) whose
sizes are 30 (T) x 210 (W) x 4000 (L) mm. Diameter and
length of drill (Nachi, LSD, HSS) was 2.0 and 100 mm.
Laser incising was conducted with slab CO2 laser (DC
025, Rofin-Baasel Japan Co.) as shown in Fig. 2.
Incising conditions by drill and laser are as follows using
the same incising pattern for both incising methods as
shown in Fig. 3.
Drill; diameter: 2 mm, rotational speed: 6,000 rpm, feed
speed of drill: 4 m/min.
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Table 1 Properties of lamina used.
Part in glulam Species
Load-bearing
part
Fire-die-out
part
Surface part

Density
3

g/cm
Upper: Cedar 0.33
Lower: Larch 0.45
Cedar
0.48
Cedar
0.47
Cedar
0.31

Moisture
Retention of
content Incising fire-retardant
3
%
kg/m
10.5
12.5
11.9
Drill
194
14.5
Laser
197
11.1
-

Length direction

Width direction

Laser; power: 1 kW, focal length of lens: 508 mm, pulse
duration: 100 msec.
The average density, moisture content of lamina and
retention of fire-retardant are shown in Table 1.
Incising density was 800 holes/m2 which has no
influence on bending strength [6]. There is no difference
in retention between fire-die-out parts incised by drill
and laser.

Fig. 3 Incising pattern on lamina.
a: 250 mm, b: 10 mm, incising density: 800
holes/m2
2.2 STRUCTURE OF GLULAM
The structure of glulam consists of three zones as shown
in Fig. 4. Those are load-bearing part (N, untreated
glulam), fire-die-out part (D and L, thickness 90 mm,
impregnated with fire-retardant chemicals) and surface
part (untreated lamina). The lamina of fire-die-out part
was incised by drill (D) and CO2 laser (L) to impregnate
fire-retardant chemicals (Carbamyl polyphosphate) with
minimum variation in net retention.
This structure may clear thermal behaviour around the
corner of glulam for type of incising. The surface part
covers the fire-die-out part to prevent efflorescence
when fire-retardant chemicals immersed as white
crystals by moisture fluctuation in lumber.

Processing
head
Spindle

Lamina

Table

Drill

Fig. 1 Drill incising
machine whose
maximum spindle
speed is 20,000 rpm
and lamina incising.

D
D
Lamina

S

N
L
L

CO2 laser
Processing
head
Controller

Chiller

Lamina

Laser
beam
Fig. 2 Laser incising
machine whose
maximum power is 2.5
kW and lamina incising.

Lamina

Fig. 4 General structure of fire-resistive glulam for
two-hours fire-performance.
N: commercially available untreated structural
glulam, D: fire-die-out part incised by drill and
impregnated, L: fire-die-out part incised by laser
and impregnated, S: untreated surface part.
The load-bearing part whose cross sectional size is 120 x
120 mm consists of two species in order to know the
effects of heat transfer from fire-die-out part. The upper
half of glulam is made of Japanese cedar and the lower
one is Japanese larch, respectively. Mini finger jointing
was used to connect lamina to each other with careful
attention not to overlap the joint zone in order to prevent
strength decrease.
The most distinctive point of this glulam is the
connecting method among load-bearing part and fire-dieout parts. Two types of screws were used instead of
using adhesive as shown in Fig. 5.
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Fig. 5 Clamping method among load-bearing part and fire-die-out parts of glulam with screws.

The surface of butt joint between fire-die-out parts was
designed plain in order to simplify a production process.
Thanks to the unique connecting system of this glulam
that a fire-die-out part (D and L) is not glued with
adhesive but screwed to the load-bearing part (N), the
outer part can be replaced easily if it is damaged in a fire.
This structure can also reduce cost of fire-resistive
glulam (FR wood®) when this kit is put into mass
production.
The thermocouples were inserted in between loadbearing part and fire-die-out part and within fire-die-out
part at the center along length direction of load-bearing
part made of Japanese cedar and larch, respectively as
shown in Fig. 7.
2.3 HEATING TEST

Fig. 6 Members of glulam in upper photo (loadbearing part, fire-die-out parts from left) and
assembled glulam (lower photo).
The load-bearing part and the other four fire-die-out
parts in upper photo of Fig. 6 were assembled to the
glulam by screwing fire-die-out parts and load-bearing
parts each other at some positions in lower photo of the
same figure. The front and back side of the load-bearing
part in Fig. 6 are made of Japanese cedar and Japanese
larch.

The fire test was achieved in a furnace as shown in Fig.
8 whose atmosphere temperature is heated in accordance
with a standard heating curve as specified by ISO 834-1.
The temperatures at outside of load-bearing part and in
fire-die-out part were measured during the test. The test
was allowed to finish when all temperatures in the
glulam started to decrease after eight hours. However,
the test was terminated after eleven hours from the start
as shown in the right photo of Fig. 8, because fire did not
die-out so early.
An appearance after 15 minutes of heating test is shown
in Fig. 8 in which most of surface part is burned out.
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Fig. 7 Elevation view (left) and cross section view (right) of glulam for two-hours fire-performance.
Figures from 1 to 24: location of thermocouple, I to VIII: number of cut plane after heating test to measure
depth of charred area, D1, D2 and L1, L2: fire-die-out part incised by drill and impregnated, and fire-die-out
part incised by laser and impregnated, respectively.

Fig. 8 Outlook of glulam in heating furnace.
Left: before heating test, middle: after 15 minutes of heating test. right: after heating test.
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3 RESULTS AND DISCUSSIONS
3.1 TEMPERATURE COURSE
The temperature course of two-hours fire resistive
glulam was shown in Fig. 9 for eleven hours after the
start of heating test.
Green lines show the temperature between a set of firedie-out parts at 40 mm inside from the surface. Blue
lines show the temperature between the second and the
third lamina from inside of fire-die-out parts which is the
same distance from the surface as the green lines. Red
lines show the temperature between the first and the
second lamina from inside of fire-die-out parts.
According to this Figure, the temperature of the red lines
did not exceed 260 ºC, the criterion whether wood burns
or not.
The important standpoint is the temperature on the loadbearing part. It is clear that this glulam has the two-hours
fire performance from viewpoint of temperature by
Japanese standard because maximum temperature did
not exceed 260 ºC at all.
As it is not so easy to judge the fire-resistive
performance because of many temperature curves, some
temperature curves were picked up in order to know
characteristics and shown in Fig. 11.

The difference in temperature between on the surface of
load-bearing part made of Japanese cedar and that of
Japanese larch has grown gradually larger with time. It is
suggested that a material with higher density can
suppress its increase in temperature.
The difference in temperature between on the corner of
fire-die-out part whose lamina was incised by drill and
that of laser has grown gradually larger with time. It is
suggested that a laser incising can impregnate fireretardant better, though it is very difficult to say reasons.
These tendencies were recognized clearly from non
charred area on the cross section of photos shown in Fig.
12 and Fig. 13.
The non-charred area of fire-die-out part whose lamina
was incised by CO2 laser is larger than that of drill
incising judging from Figs. 12 and 13.
Charred area for eight cut sections along longitudinal
direction of glulam are shown in Fig. 14.
It is clearly recognized that fire performance of the firedie-out part whose lamina was incised using laser is
higher than that of the part using drill by a margin about
10 mm thickness of fire-die-out part.
It also became clear that charred area between fire-dieout parts are somewhat large.
Thanks to the screw clamp of fire-die-out part to loadbearing part, all fire-die-out parts could be disconnected
from load-bearing part by unscrewing.

Fig. 9 Temperature course of all thermocouples in glulam during heating test.
7, 9, 11: temperature in fire-die-out part made of drill incised and impregnated Japanese cedar lamina on
load-bearing part of Japanese cedar, 8, 10, 12: temperature in fire-die-out part made of laser incised and
impregnated Japanese cedar lamina on load-bearing part of Japanese cedar, 19, 21, 23: temperature in firedie-out part made of drill incised and impregnated Japanese cedar lamina on load-bearing part of Japanese
larch, 20, 22, 24: temperature in fire-die-out part made of drill incised and impregnated Japanese cedar
lamina on load-bearing part of Japanese larch.
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Fig. 10 Temperature course on surface of load bearing part during heating test.
1- 6: temperature on load bearing part made of Japanese cedar, 13 - 18: temperature on load bearing-part
made of Japanese larch, 2, 14: temperature on corner of load bearing part surrounded by fire-die-out part
incised by drill, 4, 16: temperature on corner of load-bearing part surrounded by fire-die-out part incised by
laser, 5, 17: temperature on load-bearing part contact with fire-die-out part incised by drill, 6, 18: temperature
on load-bearing part contact with fire-die-out part incised by laser, 1, 3, 13, 15: temperature on corner of
load-bearing part surrounded by both type of fire-die-out part.
This means that you can check a carbonization across the
length and breadth of load-bearing part and fire-die-out
parts as shown in Fig. 15.
The left side area of all fire-die-out parts were charred or
lost because these area located around the corners of
glulam.

As area in red border of right photo charred 1.1 mm in
depth and discoloured in yellow border, and discoloured
in yellow border of left photo in Fig. 16, this glulam was
failed two-hours fire performance.

Corner of fire-die-out part by drill
Corner of fire-die-out part by laser

250

250

200

200

Temperature (ºC)

Temperature (ºC)

Upper part on Japanese cedar
Lower part on Japanese larch

150
100
50
0

150
100
50
0

0

120

240

360

Time (min.)

480

600

0

120

240

360

480

600

Time (min.)

Fig. 11 Temperature course on surface of load-bearing part facing different fire-die-out part.
Left: comparison of species in load-bearing part, Right: comparison of fire-die-out part whose lamina was
incised by drill or laser.
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Fig. 12 Cross section IV of glulam after
two-hours fire-performance.
Species of load-bearing part: Japanese
cedar, D1 and D2: fire-die-out part
incised by drill and impregnated, L1
and L2: fire-die-out part incised by
laser and impregnated,

Fig. 14 Depth of charred area for cross
section I to VIII after heating test.
Upper half of glulam: Japanese cedar,
Lower half of glulam: Japanese larch, D1
and D2: fire-die-out part incised by drill
and impregnated, L1 and L2: fire-die-out
part incised by laser and impregnated.

Fig. 15 Surface states of fire-die-out part .
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Fig. 16 Surface state of load-bearing part (opposite to fire-die-out surface) around cut section II in Figs, 14 and
15 after heating test.
Right: discoloured brown surface (in yellow border), left: surface of discoloured brown (in yellow border) and
charred 1.1 mm in depth (in red border).

4 CONCLUSION
We challenged to develop two-hours fire-resistive
glulam consists of three parts which are load-bearing
part, fire-die-out part and surface part. Then, the fire test
was achieved in a furnace whose atmosphere
temperature is heated in accordance with a standard
heating curve as specified by ISO 834-1. Though, we
failed to improve two-hours fire performance by a little
char and discoloration, we could know that the fire-dieout part whose lamina was incised by CO2 laser has
greater fire performance than that whose lamina was
incised by drill, and dense lamina in load-bearing part
can suppress its temperature in a fire.
The next challenge is giving two-hours fire-resistivity to
this glulam by a partial design changes and cost down.
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FIRE RESISTANCE OF PRIMARY BEAM – SECONDARY BEAM
CONNECTIONS WITH FULL THREAD SCREWS
Veronika Hofmann1, Martin Gräfe1, Norman Werther1, Stefan Winter1
ABSTRACT: Within the German research project “Fire resistance of primary beam - secondary beam connections in
timber structures” solutions for a fire-safe design have been developed. The project concentrated on connections with
self-tapping full thread screws and joist hangers. This paper describes the investigations, calculations and experiments
on the former type of connections. Herein, a series of loaded fire tests and numerical simulations were conducted with
the objective to develop design rules and determine the load-bearing capacity.
KEYWORDS: fire resistance, self-tapping full thread screws, timber connections, fire tests

1 INTRODUCTION 123
The demand for timber as a construction material is
notably increasing all over the world. This is particularly
true for residential, office and administration buildings as
well as for special constructions. The benefits of timber
construction are visual and tactile attractiveness, high
energy efficiency, quick erection time and a low carbon
footprint.
Despite these advantages, there are large concerns and
limitations imposed by authorities and design codes due
to fire safety. To consider this aspect in a sufficient way
European and international design codes have been
developed over the past years to assess fire safety in
buildings. The design rules for fire exposed timber
structures such as the ones listed in EN 1995-1-2 are
mostly focused on determining the charring and residual
cross section of linear timber members, such as beams and
columns. General regulations and design methods for
assessing the fire safety of engineered joist-to-beam
connections do not exist. Approved and reliable systems
are rare.
To overcome this knowledge gap, a German research
project was conducted to investigate the thermal and
structural performance of screwed and joist hanger
connections for timber structures in the event of fire. (see
Figure 1).

Figure 1: typical joist connections for timber structures.
Left: pair of full thread screws, Right: joist hanger
1
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2 RESEARCH CONCEPT
The research program was divided into five steps:
I Tests under ambient conditions to gather knowledge
about the load bearing behavior of the different
connection types
II unloaded fire tests to gather information regarding the
temperature behavior and to preselect connection types
expected to perform satisfactorily in loaded fire tests
III loaded fire tests on preselected connection types to
determine the load bearing behavior and load bearing
capacity under fire exposure
IV numerical finite element analysis in order to perform
further parametrical studies
V Assessment of additional protective measures and
development of design rules and standards
This publication extends the results of the unloaded fire
tests presented at WCTE 2014 in Quebec City by the
authors.

3 TESTS AT AMBIENT CONDITIONS
AND UNLOADED FIRE TESTS
As loaded fire tests are rather complex and expensive,
unloaded fire tests as well as tests under ambient condition
were conducted at the beginning of the research project to
minimize the number of loaded tests. Parameters such as
side distances, lengths, diameters of the screws as well as
protective methods were varied and their influence on the
potential and charring behavior investigated. Further a
series of tests was performed to experimentally determine
the temperature dependent withdrawal capacity of full
thread screws embedded in timber members. Results of
these investigations were summarized and published in
[3].
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4 LOADED FIRE TESTS
4.1 GENERAL DESCRIPTIONS
A series of loaded tests exposed to ISO fire were
conducted. The T-shaped specimens consisted of a
primary beam (PB) and a secondary beam (SB) (see
Figure 2) made of glued laminated timber. The length of
each primary beam was 2000 mm and of each secondary
beam 1200 mm.

Figure 3: primary beam secondary beam connection with
pairwise crossed full thread screws

Figure 2: general setup of the tests

The primary beam secondary beam connection was made
with pairwise crossed full thread screws. The cross
section of the beams varied as a result of the assessed side
covering of the screws. The screw angle of 45° results in
the maximum of shear force resistance for the connection
and was used for the pairwise crossed screws. Thereby
one screw is screwed in from the primary beam and the
other screw from the secondary beam (see Figure 3). The
edge distances (a4,c, a3 see Table 1) and the distance
between the screws (a2=1,5*dnom) were minimized to
reach an expected shear force resistance under fire
exposure of 50 % to 60 % of Rk, 20°.
Table 1: setup with full thread screws
No.
Dimension of
Covering the
full thread
head of
screws
screws
dnom x l [mm]
S1
6 x 180
25 mm solid
spruce board
S2
6 x 180
25 mm solid
spruce board
+
15 mm
gypsum
plasterboard
S3
6 x 180
25 mm solid
spruce board
S4
12 x 350
-

All specimens were supported on two points of the
primary beam (pinned) and one point of the secondary
beam (roller) and were fixed against lateral buckling. The
T-shaped specimens were placed in a diesel fired furnace
and exposed to standard fire in accordance with EN 13631 [5]. A comparable setup, considering the requirements
of EN 26891 [6] was also used to determine the load
displacement behaviour and failure load at ambient
conditions for each connection type as a basis for the
loaded fire tests.
In the fire tests a constant load of 40 % of the estimated
capacity after fire exposure was applied by a force
controlled hydraulic jack during the fire exposure. At the
end of the designated exposure time (30/60 minutes) the
load was increased until the connection failed.
4.2 EXPERIMENTAL RESULTS

a4,c
[mm]

a3
[mm]

36

33

64

61

32

29

73

67

Connections using full thread screws do not deform
significantly during the time of fire exposure, provided a
sufficient side coverage of the screws. The deformation
behavior may be described as quasi brittle, similar as
under ambient conditions (see Figure 4).
Failure occurs by pulling out the screws (see Figure 5 and
Figure 6) and came along with a vertical relative
displacement of circa 35 to 40 mm.
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Table 2: load bearing capacities of connections with pairs of full
thread screws, characteristic values at ambient conditions
compared to experimental results after 30 resp. 60 minutes fire
exposure.
No.
Exposure
Rfi [kN]
Rk,20°C[kN] Rfi/Rk,20°C
[min]
S1
30
7.21
12.4
0.58
S2
60
5.89
11.6
0.51
S3
30
7.46
12.7
0.59
S4
30
35.20
42.1
0.84
Figure 4: typical load and displacement course in the loaded
fire test of a connection with a crosswise pair of screws

∆h

Figure 5: relative displacement combined with a gap between
the primary and secondary beam (specimen S3)

5 PROTECTIVE MEASURES
In the unloaded fire tests some protective measures were
investigated (see WCTE 2014 [3]). Hereby the effect of
various side distances a4,c of full thread screws with
unprotected heads were assessed.
The consequences of using unprotected or protected
screw heads are shown in the loaded fire tests and clearly
lead to different temperatures along the screw.
Moreover, the effect of different insertion depth of screws
as well as the additional effect of a wooden plug over the
sunken screw were analyzed.
Therefore four screws with a diameter of 8 mm and a
length of 200 mm and four screws with a diameter of 12
mm and a length of 200 mm with different insertion
depths were compared.
Top view:

Lateral view:

Figure 6: pulled out screws after the fire test (specimen S3)

The load ratios Rfi/Rk,20°, calculation of Test No. S1 and
S3 are nearly identical, although a lower load bearing
capacity of S3 has been anticipated due to the smaller side
coverage. Generally, the load ratios have been higher than
calculated according to EN 1995-1-2 [8]. A side coverage
of 29 mm (as in S3) leads to a calculated Rfi/Rk,20° = 0.50,
the test measurement is 0.59. Test S4 resulted in the
highest load ratio of Rfi/Rk,20°= 0.84. The heat absorbed by
the uncovered screw head could be thoroughly distributed
in the surrounding timber along the length of the screw.

Figure 7: drawing of specimen to assess the effect of different
insertion depth of the screws

The specimen was made of GLT. All sides were insulated
by mineral wool except the top surface.
The specimen was exposed to fire in accordance with EN
1363-1 for 30 minutes.
Temperature measurements during the fire tests were
conducted using Type K thermocouples. (see Figure 8).
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wooden plug

Figure 8: section A-A of Figure 7–temperature
measuring points on the head and tip of the screws
(dnom=12 mm)

can be significantly reduced and the required timber cross
section can be minimized.
In a sectional view, the different charring depths of
differing insertion depths are clearly visible (Figure 10
and Figure 11). The 8 mm screws develop a charring
depth along the screw of ca. 30 mm in addition to the usual
charring depth of the timber cross section. When the
screw is sunken 10 mm, this charring is reduced to 20 mm.
A sinking depth of 20 mm shortens the charring depth by
a further 10 mm. The additional preventative measure of
a wooden plug over the screw head has the result that
charring is no longer to be found.
Similar charring depths are also observable in tests with
12 mm screws.

The effects of differing insertion depths were compared
based on the temperature as measured at the screw head
and tips as well as the charring depths along the screws.
In Figure 9, it can be seen that a 10 mm deep sunken screw
shows no marked differences in temperature course
compared to a screw which is inserted plan with the
sample surface.
The maximum temperature of the surface plan screw head
(8K) represents approximately the temperature of the
standard temperature time curve in accordance with EN
1363- after 30 minutes. Sinking the 8 mm screw head
(length 200 mm) 10 mm into the sample results in a drop
of only 10 °C as measured on the screw head. A sinking
depth of 20 mm however leads to a drop of circa 100 °C
at the screw head compared to the surface plan screw after
exposure to fire for 30 minutes. Only the additional
protection of a 20 mm thick wooden plug results in a
maximal temperature of 350 °C (8-2-S-K).
The temperature at the screw tip were generally around 20
°C with only the surface plan screw showing temperatures
of 100 °C. Similar results are to be found amongst the 12
mm screws.

Figure 9: comparison of the protective effect of different
insertion depth of screws (dnom 8 mm, length 200 mm)

The comparison shows that the good building practice of
sinking screws 10 mm provides little to no advantage over
an unsunk screw. Sinking depths of 20 mm lead to 100 °C
lower temperature loads after 30 minutes.
The coverage of the screw head leads to the lowest
temperature on the screw. As a result, the lateral coverage

Figure 10: cross section of the specimen (screws: dnom 8 mm) –
illustrating the charring depth using different insertion depth
(right: 0 mm, left:10 mm) of the screws

Figure 11: cross section of the specimen (screws: dnom 8 mm)
– illustrating the charring depth using different insertion depth
(left: 20mm, right: 20 mm+ wooden plug) of the screws

6 NUMERICAL SIMULATIONS
6.1 INTRODUCTION
In addition to the experimental part of the research
program, numerical simulations were carried out with the
objective to understand the influence of specific
parameters in detail and extend the results to further types,
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sizes and configurations of screws. The simulations were
calibrated using the experimental results.
6.2 INITIAL PARAMETERS UTILIZED
In order for a thermal simulation to be run, the
temperature dependent characteristics of gross density,
thermal conductivity, emissivity and the specific heat
capacity of all construction materials (solid timber and
carbon steel) must be assigned. The thermal load is a
further simulation requirement.
The EN 1995-1-2 [8] provides the ratio of gross density
to dry density for solid wood subject to its temperature.
The gross density of the examined wood corresponds to
480 kg/m³. In the given ratio of gross density to dry
density of the EN 1995-1-2, the timber moisture content
is taken into account for temperatures under 100 °C.
The specific heat capacity of coniferous wood and carbon
steel are also taken from the EN 1995-1-2 and EN 19931-2 [7].
Unlike carbon steel, coniferous timber displays an
anisotropies behavior. The thermal conductivity differs
radial, tangential and axial to the grain. A three
dimensional system was used to model the in timber
inserted screw. As such, the thermal conductivity must be
given separately for each fiber direction.
The EN 1995-1-2 provides only the temperature
dependent thermal conductivity for the radial direction.
Published values [1], [2] for thermal conductivity
tangential and axial to the grain vary significant. To
determine a value for the model, different conduction
values were tested during the validation of the simulation
models. The application of the following factors led to a
very good reproduction of the fire tests.
•

λtangential = 1.1 * λradial

•

λaxial = 2.4 * λradial

The conductivity of carbon steel was taken from the EN
1993-1-2.
The heat transfer from the furnace to the examined screw
connections is described based on the given convection
and the emissivity of both materials. A heat transfer
coefficient of 25 W/m²K was used. For coniferous woods,
an emissivity coefficient of 0.8 was assumed. For carbon
steel, an emissivity coefficient of 0.6 was applied.
The uniform temperature curve described in the EN 19911-2 was chosen as the temperature load. The three
dimensional model represents only a quarter of the screw.
Only the surface of the timber through which the screw is
inserted (Pos. 2), and a section of the screw head are
affected by convection and thermal radiation in the model
(see Figure 12). Adiabatic change behavior is ascribed to
the wooden surfaces (Pos. 1) as symmetry caused heat
transfer neither exists nor is caused.

Figure 12: different thermal boundary conditions in the threedimensional model

6.3 VALIDATION OF THE SIMULATION
MODEL
To validate the simulation model, unloaded fire tests were
carried out on full thread screws (cf. WCTE 2014). The
tangential and axial heat transfer capacity was iteratively
adjusted to ensure the tests were realistically
representative. Additionally, the simulation was based on
the actual furnace temperature, not the standard
temperature time curve in accordance with EN 1363-1.
To compare the simulation results with the experimental
results, the temperatures along the screw were tabulated
and the positions of the 300 °C isotherm were compared
with the charring depth test results.
The position of the 300 °C isotherm is consistent with the
charring depth of the test samples. With the help of the
chosen input parameters, the model achieved an
adequately qualitative representation of the fire tests.

Figure 13: left: temperature distribution along a full thread
screw in the model, right: comparison with the charring depth
of a test specimen (orange dotted line represents the 300°C
isotherm of the simulation)

6.4 PARAMETER STUDY
Subsequently, the following parameter for full thread
screws in timber were examined within the numerical
simulations.
• Length: 60 mm to 220 mm (40 mm increments)
• Diameter: 4, 8 and 12 mm
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• Screw head type: Countersunk, Cylinder and
Roundhead
• Duration of Fire Exposure: 30 and 60 minutes
The results of the study are as follows:
The parameter study shows independently that the choice
of a small diameter causes lower temperatures along the
screw. Furthermore, the length of the screw used plays a
defining role for the temperature distribution. The longer
the chosen screw is, the lower the temperature along the
screw is. This can be attributed to a longer screw delving
deeper into the cooler areas of the wood and dissipating
more heat.
However, from a certain length onwards the temperature
distribution is no longer influenced by the diameter.
From the following lengths the isotherm position is
consistent during a 30-minute thermal load with adequate
timber cover (ca. 40 mm) relative to the diameter.
• dnom= 4 mm, l > 100 mm
• dnom= 8 mm, l > 140 mm
• dnom= 12 mm, l > 200 mm
During a 60-minute temperature load, the following
lengths are representative.
• dnom= 4 mm, l > 120 mm
• dnom= 8 mm, l > 180 mm
• dnom= 12 mm, l > 260 mm
The type of screw head is for the temperature distribution
along the screw negligible.
The influence of the screw spacing was examined further.
When multiple screws are arranged together, the
possibility of mutual thermal influence arises and higher
temperatures can be expected. For this examination the
minimum spacing according to the EN 1995-1-1 and the
national technical approval for SPAX-S full threaded
screws (Z-9.1-519) [9] were applied.

Figure 14: drawing of the investigated cases of the minimum
distances between the screws

Case 1 represents the reference. Here is a full thread
screw numerical assed. The lateral surfaces, with the
exception of the fire exposed surface, were assumed to be
adiabatic to enable the usage of the symmetrical
condition. In case 2, four screws were arranged with a
distance of 5 x dnom. This represents the minimum spacing
in the direction of, and perpendicular to the grain for
SPAX screws. The distance a2 (perpendicular to the
grain) may be reduced to 2.5 x dnom if a1 x a2 is at least
equal to 25 x dnom². This was taken into consideration in
Case 3a.
No clear minimum distances for glued laminated timber
could be found. If the connection arrangement of Case 3a
is used for cross laminated timber, the required distance
is 2.5 x dnom in some positions in the direction of the grain.
To compensate for this, Case 3b was also examined
thermally. Here, the distance a1 (with the grain) was 2.5
x dnom (Figure 14).
Finally, the screw temperatures of each case were
compared to each other. To ensure that the same
temperature in each screw was reached within each case
study, an assessment path was defined and evaluated for
the individual screws. Figure 15 shows by way of
example that the temperatures of all four screws in Case
3a are virtually identical.

From these minimum distances many cases present
themselves in which higher temperatures can be reached
compared to singular connections. One main focus is on
the required spacing from the national technical approval
for SPAX screws. From this, four different arrangements
were selected for which a range of full threaded screws of
various diameters and lengths were examined.
The arrangements are shown in Figure 14.

Figure 15: comparison of temperature along the screws 1-4 of
Case 3a (dnom= 8mm, length= 140 mm)

This could be also ascertained for all other screw
configurations and cases. Figure 16 shows a comparison
of the screw temperatures of the various cases for an 8 mm
140 mm long full thread screw.
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the variation of a relatively short and thin screw (dnom= 4
mm; l= 60 mm) is already ca. 180 °C.
6.5 ESTIMATION OF THE PULL OUT
RESISTANCE
Low temperatures along the screw lead to higher pull-out
strength (cf. WCTE 2014 [3]). To be able to estimate the
pull out resistance relative to the diameter and screw
length, average resistances must be assigned to particular
temperature bands (see Figure 18).

Figure 16: comparison of temperature along the screws of Case
1 to Case 3b (dnom= 8mm, length= 140 mm)

As can be seen, large differences appear between the
reference curve (Case 1) and the further cases with regard
to the temperatures. The deviations amount to an average
difference of 30 °C between Case 1 and Case 2. Case 3a
behaves similarly. The deviation to Case 3b is noticeably
higher. On average this is 60 °C. In Figure 17, the
isothermal plot is shown for the screw arrangement found
in Case 3a. In the area of the minimum distance (a2 = 2.5
x dnom) the isothermal curves are almost parallel to each
other. The timber reached nearly the same temperatures as
the heated screw. This means that the timber no longer
contributes to the cooling of the screw. In areas where the
distances are larger, this is still the case (Figure 17).

Figure 18: percentage pull out resistance of a full thread screw
depending on the temperature in reference to the pull out
resistance under ambient conditions

Upon knowing the temperature distribution along the
screw, the pull out resistance may be estimated. This is
shown exemplary in Figure 15.

Figure 19: pull out resistance of a full thread screw (dnom= 8
mm, length= 140 mm,) exposed to standard fire in accordance
to EN 1363-1 for 60 minutes

Figure 17: Isothermal curves of case 3a (screws with dnom=
8mm and length= 140 mm)

A further comparison of the various screw arrangements
provides the following results. The influence of the screw
distances is, regarding absolute temperature difference,
larger the shorter the screws are. The absolute temperature
differences increase as the full threaded screw diameter is
reduced. Within the comparison of Case 3b with Case 1,
the temperature deviation of a long and thick screw (dnom
= 12 mm; l= 220 mm) lies on average around 30 °C while

When all pull out resistances along the screw are added
together and divided by the total length, an 8 mm screw
with a length of 140 mm can be estimated with an
averaged pull out resistance of ca. 20 % compared to the
ambient situation.
In Figure 20, the pull out resistances for full thread screws
of 4, 8 and 12 mm screws with lengths of up to 220 mm
after a 60-minute fire exposure are shown.
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by using a side distance a4,c of 1.6* dnom. These tests
were made with cross laminated timber. However the
results are transferable to solid wood and glued
laminated timber.
Also in the case of fire a sufficient remaining side
distance of a4,c=1.6*dnom should be guaranteed.

Figure 20: average pull out resistance of thread screws( dnom=
4 mm, 8 mm und 12 mm and length= 60 mm -220 mm after a 60
minutes long standard fire in accordance with EN 1363-1
combined with a sufficient side distance (approx. 80 mm))

With the help of this diagram, the pull out resistance of
screws can be estimated as long as the heat exposure takes
place exclusively through the screw head and not over the
shaft.
This data should however be verified by further testing.

7 CONCLUSIONS
Specific outcomes of the project are the design and
calculation rules for connections with full thread screws
to fulfill 30 and 60 minutes fire exposure. These rules may
improve the methods given in the current standards (e. g.
EN 1995-1-2) and facilitate a better design process.
For the design of 45° crosswise installed pairs of full
thread screws which should provide a defined and
adequate load bearing capacity over a 30 minute or 60
minute fire exposure, the following recommendations can
be derived:
− The minimum cross section of the secondary beam is
dependent on the choice of coverage and protective
measures applied to the screw head. These measures
should be chosen dependent on the required
relationship between shear force bearing capacity in
the event of fire and the characteristic load bearing
capacity under ambient conditions.
− Protected screw heads should be assigned a side
;
∙
1.6 ∙
distance
29
,
for a 30 minute fire exposure and a screw tip
distance from an exposed surface a3 of 29 mm to
guarantee a ratio between the characteristic shear load
bearing capability in the case of fire and the
characteristic shear load bearing capability under
ambient conditions of Rfi/Rk,20° ≥ 0.5 as long as glued
laminated timber is in use. (By using solid wood see
[4]). With a 60 minute fire exposure on glued
laminated timber, side distances of a ,
61 mm
and coverage of the screw tip of at least 61 mm
is recommended to ensure a ratio of Rfi/Rk,20° η ≥ 0.5.
Studies of Grabner and Ringhofer [10] show a
sufficient pull out strength under ambient temperature

To achieve a constant ratio between the characteristic
shear load bearing capability in the case of fire and the
characteristic shear load bearing capability under
ambient conditions the required side distance a4,c is the
result of the maximum of
∙
1.6 ∙
or
29 mm
for 30 minutes fire exposure ensuring a
maximum temperature of 75-100°C along the screw
under one-dimensional heat influx (see equation (1)
see [11]).
T(dt) = 20 + 180*(βn*t/dt)0.025*t+1.75

(1)

with
T(dt)Temperature in the depth d due to onedimensional heat flux induced by standard
temperature time curve in accordance to EN
1363-1
βn Design value of the charring depth
t
Time of fire exposure in accordance with EN
1363-1
dt Depth of measuring point/timber coverage
− Larger timber coverage of the full thread screw, which
are due to larger cross sections yield exclusively to
positive effects on the load bearing capability in the
case of fire, not only in absolute values but also
relative to the cold load bearing capacity.

− Full thread screws should, when the screw head

remains unprotected, be of small diameter and as long
as possible to offer a beneficial ratio between the
screw’s cross sectioned area and the circumference
upon which the heat can be released (see Figure 20).

A comparison of the minimum required cross sections in
case of fire shows clearly that the required timber cross
sections which were determined by this study differ
greatly from the timber cross sections which result from
an assessment according to EN 1995-1-2. The results of
this research project offer, with about the same coverage
and similar load bearing capacity, a reduction in width of
up to 40 mm. The height of the cross section can also be
reduced under the same conditions by up to 40 mm.
Within the scope of EN 1995-1-2, smaller side distances
can be used which lead to a significant reduction in load
bearing capacity.
This research project shows that the implementation of
crossed full thread screws with unprotected screw heads
is possible. It should then be combined with a large screw
length and noticeably increased side coverage.
In general, the project contributes to a better
understanding of the temperature behavior of such
connections, which may help in the planning and
execution of further research projects.
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FIRE PERFORMANCE OF HARDWOOD FINGER JOINTS
Ch B n On 1, W n Shao Chan 2, Dani l Brandon3, Ma dal na St rl y4,
Martin P Ans ll , P t Wal r
ABSTRACT: This paper investigates the performance of Malaysian hardwood, dark red meranti finger joints in fire.
Finger joints were prepared using two load-bearing type adhesives and tested in tension by means of a bench-scale fire
test. They were tested in tension to replicate the failure of finger joints in tension layers of a glulam beam, which
commonly occurs in a standard fire resistance test. Finger joints from softwood were also prepared and tested for
comparison purposes. In addition, tensile tests at ambient temperature were conducted for both the hardwood and
softwood finger joints in order to determine the approximate load level applied during the bench-scale fire tests. The
time to failure, residual cross section and charring rate were determined and analysed. Results showed that the type of
adhesive significantly influenced the time to failure. Furthermore, a lower residual cross-section was found in the finger
joints bonded with phenol resorcinol formaldehyde (PRF) compared to the finger-jointed polyurethane (PUR)
specimens. Therefore, PRF is better able to resist fire tests, has a higher residual strength and a longer time to failure
compared to PUR.
KEYWORDS: finger joints, hardwood, fire performance, adhesive

1 INTRODUCTION 123
One of the important factors that determines the fire
resistance of a glulam beam is the performance of finger
joints located in the middle region of the outermost
tension layers. In a standard fire test for glulam, the
beam is tested in four-point bending with the
compressive side on the top being fire-protected. Failure
normally occurs on the lowest tension side of the beam.
Thus, a tensile test was preferred in this study since the
tension face of a beam experiences the highest stress [1].
The tension face is normally exposed to fire, thus weak
fire performance of finger joints on the tension layers
may influence the time to failure of the beam. Lack of
research conducted in particular on finger-jointed
hardwood species also hinders efforts to predict
accurately the time to failure of finger joints in a glulam
beam under fire condition. Previous studies suggested
using tensile tests to test finger joints at elevated
temperature and concluded that they were suitable for
determining the fire performance of the finger-jointed
1
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2 Wen-Shao Chang, University of Bath, UK,
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specimens, where a substantial reduction in strength was
seen with increasing temperature [2,3].
In this study, a bench-scale fire test method developed at
SP Wood Building Technology, Sweden was used. This
small-scale finger joints under fire condition setup was
preferred compared to the large-scale fire tests which
were more expensive and may not always provide
additional information for better understanding of the
performance of finger joints in fire.
There were attempts to develop bench-scale fire test
method for finger joints. Klippel et al. [4] investigated
the performance of small-scale finger joints in tension at
elevated temperature while using adhesives commonly
used in the large-scale fire tests. They were aiming to
further develop the small-scale testing method and
compare the test results with the large-scale fire tests,
leading to the possibility of standardizing the small-scale
test method to be used in Europe. Craft et al. [5]
developed a small-scale tension test method to evaluate
the performance of finger joints bonded with different
adhesives at elevated temperature. The test method was
designed based on the modification of existing standard
testing methods from ASTM and the Canadian Standards
Association.
In this paper, comparison was made between two
different adhesives and their effects on the time to failure
in the bench-scale cone fire tests. In addition, the
charring rate and residual cross-section of the hardwood
and softwood species were evaluated. Tensile tests at
ambient temperature were also conducted for reference
purposes.

WCTE 2016 e-book | 4473

2 MATERIALS AND METHOD
2.1 MATERIALS
The wood species used for the finger-jointed specimens
were Malaysian dark red meranti (DRM) and Norway
spruce.
Phenol
resorcinol
formaldehyde
and
polyurethane adhesives were used as the bonding media
for the finger joints. The density of the DRM was in the
range of 560 to 712 kg/m3 with an average moisture
content of 13%. The density of the spruce was between
403 to 554 kg/m3 with an average moisture content of
11%. The wood species were preconditioned in a
conditioning room at a temperature of 20oC and relative
humidity of 65%. Ten finger-jointed specimens were
produced from each of the wood species and each type
of adhesives, totalling 40 specimens for the cone tests
and another 40 specimens for the tensile tests in ambient
temperature.
2.2 SPECIMEN PREPARATION
The finger profiles were cut from wide timber pieces of
the size (thickness x width x length) of 51 x 99 x 620
mm (DRM) and 44 x 115 x 620 mm (spruce) using the
manual feed finger cutter machine at SP Wood Building
Technology (Figure 1). They were then bonded on the
same day using adequate pressure with glue squeeze-out
observed during cramping. The finger-jointed pieces
were then left to cure for two weeks to allow the joints to
reach optimum strength, as recommended by the
adhesives supplier. The finger-jointed pieces were then
cut and ripped to the specimen size of 10 x 42 x 300 mm
(Figure 2).

99 mm

10 mm

42 mm
300 mm

Figure 2: R

specimens cutting arrangement

The number of specimens for each test with different
adhesives is shown in Table 1.
Table 1: Test specimens

Specimen
DRM
DRM
DRM
DRM
spruce
spruce
spruce
spruce
DRM
DRM
spruce
spruce

Test Condition
Fire
Fire
Ambient
Ambient
Fire
Fire
Ambient
Ambient
Thermocouple
Thermocouple
Thermocouple
Thermocouple

Adhesive
PRF
PUR
PRF
PUR
PRF
PUR
PRF
PUR
PRF
PUR
PRF
PUR

Quantity
10
10
10
10
10
10
10
10
1
1
1
1

Additional specimens were also made from each of the
wood species and adhesives to accommodate attachment
of thermocouples. Eight thermocouples were used for
measuring internal temperatures at the finger joints
region when tested in the fire condition. The
thermocouples were attached at different depths and
staggered locations (Figure 3). The positions of the
thermocouples are specified in Section 3.1. Small holes
with diameter of 0.5 mm were drilled into the midsection of the wood, allowing the tip of the
thermocouples to be inserted into the internal of the
specimen for accurate measurements.

Figure 3: hermocouples attache to the inger joints region

Figure 1: inger joint machine top an cutter

ottom
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2.3 FINGER JOINT CONFIGURATION
Figure 4 shows the bonded finger joints of DRM and
spruce specimens. The length of the finger joints was 15
mm and the specimens contained vertical joints, which
are commonly used for structural uses. The pitch of the
finger joints was 3.8 mm, with the tip width and tip gap
approximately 0.6 mm and 1.4 mm respectively. Careful
observation was made to select specimens which had no
significant defects and knots near the finger joints and
testing region. This was important to avoid failures from
occurring because of these factors and only the resulting
performance of the finger joints was analysed.

In the fire tests, the specimen was arranged with stone
wool protecting both sides, limiting the exposure of heat
to one edge only (Figure 6). Fibre glass wool was used to
protect the top of the specimen before the start of the fire
tests (Figure 7). Prior to the test, the distance between
the cone heater and the top surface of the specimen was
also measured. Then, a gauge was fixed at the same
position as the top surface of the specimen to measure
the temperature when exposed to the heat flux. The
temperature of 657oC was measured with a constant heat
flux of 50 kW/m2.

Figure 6: tone ool protecting the si es o the specimen

Figure 4: inger joints o spruce le t an

R

right

2.4 EXPERIMENTAL SETUP
2.4.1 Con t st
The bench-scale fire tests were conducted using a cone
heater and a pre-determined constant load of 2.5 kN. The
load was approximately 10% of the ultimate load of the
reference finger joints from the tensile tests in ambient
temperature. Prior to the fire tests, reinforcements using
plywood were bonded to the gripping sections of the
specimens to prevent failure at the end of the pieces and
encouraging failure at the heated finger joints area.
Holes were drilled at the reinforced area of the
specimens for anchoring purposes (Figure 5).

Figure 5: Rein orcement at the en sections

Figure 7: i re glass ool on top o the specimen prior to the
ire test

Once the specimen was placed under the cone heater, the
fibre glass wool protecting the top surface of the
specimen was removed. The constant heat flux of 50
kW/m2 was introduced to the specimens with dead
weights applied at the same time (Figure 8). Ignition was
observed inside the first minute of the tests. The duration
of the tests was up to 16 minutes, depending on the type
of wood species and adhesive being tested. Once the
finger joints failed, the specimen was quickly removed
from the heating area and soaked in water to extinguish
the fire. This is important to ensure only the residual
cross-section during the fire test was measured. The time
to failure and charring rate were determined after the
tests. The charring rate was calculated based on the ratio
of charring depth to time.
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maximum load was recorded and the tensile strength was
calculated. After each test, the remaining undamaged
sections of the test pieces were cut for determination of
moisture content and density.

Figure 10: ensile test in am ient temperature setup

3 RESULTS AND DISCUSSION
3.1 TENSILE TEST IN FIRE CONDITION

Figure 8: ench-scale ire test ith ea
ignition ottom

eights top an

Specimens with thermocouples attached to the finger
joints area were also tested in the same way as the
typical joints but without loading the dead weights
(Figure 9). The thermocouples were attached to a data
logger and the increasing temperature during the tests
was recorded in a computer. The purpose was to observe
the profile of temperature along the whole depth of the
specimens during the fire tests.

Typical failures of the finger-jointed specimens after
testing in fire are shown in Figures 11 (DRM) and 12
(spruce). Almost all failures occurred at the glue lines of
the finger joints with mixture of wood fibre tear-out and
adhesive failures. Adhesive failures occurred mostly
near the charred region because of the higher
temperature that may have softened the glue lines. Few
specimens failed in the wood where splitting occurred
near knots or along the slope of grain (Figure 13).

Figure 11: ypical ailures o R inger joints on e
R top an R
ottom a ter ire tests

Figure 9: pecimen attache

ith

ith thermocouples

2.4.2 T nsil t st at am i nt t m ratur
Tensile tests at ambient temperature were conducted for
the finger-jointed specimens. A universal testing
machine with a maximum load of 50 kN and a crosshead speed adjusted to 5 mm/min was used. The
specimen was gripped approximately 80 mm in length at
both ends with the finger joints positioned in the middle
(Figure 10). The specimen was properly aligned so that
the application of load did not induce bending. The

Figure 12: ypical ailures o spruce inger joints on e
R top an R
ottom a ter ire tests

ith
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Figure 13: ailures near knots top an along the slope o
grain ottom

The average time to failure (TTF), residual cross-section
(Ar) and charring rate (β) are shown in Table 2. The
average charring rate for DRM and spruce in the fire
tests was much higher when compared to the onedimensional design charring rate, β0 and notional
charring rate, βn (includes the effect of corner roundings
and fissures) published in BS EN 1995-1-2 [6]. The
published design values were β0 = 0.65 mm/min and βn =
0.8 mm/min for solid softwood and beech timber; β0 =
0.50 mm/min and βn = 0.55 mm/min for solid hardwood
timber respectively. The higher charring rate of the
specimens in this study may be caused by the inadequate
insulation at the sides of the specimens. In addition, the
specimens were much smaller compared to the larger
timber members like glulam which have larger outer
sections of charcoal protecting the inner sections from
increasing in temperature when tested in standard full
size fire tests.

Figure 14: Charring rate ersus ensity o inger-jointe
an spruce specimens

R

Table 2: Finger joints cone test results (average)

Species
(adhesive)

TTF
(min)

Ar
(mm2)

β
(mm/min)

Spruce(PRF)

7.60 (1.12)*

264.32

1.97 (0.27)

Spruce(PUR)

5.47 (0.93)

310.73

1.97 (0.26)

DRM(PRF)

11.27 (2.38)

243.97

1.58 (0.37)

DRM(PUR)

6.53 (1.28)

322.91

1.47 (0.14)

*Standard deviation in parentheses

The charring rate of DRM was lower than spruce for
both finger-jointed specimens bonded with different
adhesives as expected (Figures 14 and 15). A one way
analysis of variance (ANOVA) test was used and the
results indicate statistically significant difference at 95%
confidence level between the charring rate values of
DRM and spruce. The results agree with the literature
such that increasing density will decrease the charring
rate in a fire test [7-9]. However, further tests were
needed to determine whether the charring rate could be
solely influenced by either the density or moisture
content in this bench-scale fire tests.

Figure 15: Charring rate ersus
an spruce specimens

C o inger-jointe

R

The average time to failure for both the DRM and spruce
specimens bonded with PRF were higher than the
specimens finger-jointed with PUR adhesive. The results
from ANOVA analysis indicate significant difference at
95% confidence level in the time to failure values. The
residual cross-section of the PRF finger joints for both
species also showed lower values than the specimens
finger-jointed with PUR adhesive. The results indicated
that the specimens finger-jointed with PRF showed
better fire performance than the PUR finger joints. The
PUR adhesive was more likely to fail viscoelastically at
elevated temperature as it was less likely to be full crosslinked whereas the PRF was less likely to yield. The
results also agreed well with the findings of Frangi et al.
[2] where different strength reductions of finger-joints
tested in tension at elevated temperature were observed
when using different types of structural adhesives.
Nevertheless, Klippel et al. [4] stated that there were
variations in the one-component polyurethane adhesive
systems and the test results of one PUR may not be
representative of other PUR adhesive systems.
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The average charring rate for the same timber species
showed no difference when bonded with PRF or PUR
(Table 2). This may indicates that the bonding in the
finger joints did not influence the charring rate. The
possible reason is that the bonding area was small
compared to the cross-sectional area of the finger-jointed
specimen, thus not contributing significantly to the fire
resistance.
The temperatures across the finger-jointed specimens
were recorded using eight thermocouples. The first
thermocouple (T1) was positioned at the distance of 5
mm from the top exposed surface and the subsequent
thermocouples (T2 to T8) were located every 5 mm
across the width of the specimens (Figure 3).
The increasing temperature of the corresponding
thermocouples at different locations in the finger jointed
specimens are shown in Figures 16 (spruce) and 17
(DRM), in relation to the time period of the tests. The
temperature profiles look similar for the same timber
species regardless of the adhesives used. In comparison
between the wood species, DRM showed a slower rate of
increase in temperature than spruce.
The average time to failure (Table 2) occurred after 5.47
and 6.53 minutes for specimens of spruce and DRM
respectively bonded with PUR. Based on this short time
to failure, Figures 16 (b) and 17 (b) show that only
thermocouples T1 and T2, reached 300oC (charring starts
to develop at this temperature [10]). Since the fingerjointed specimens were small, the char depth was only
approximately 10 mm (location of T2) when the
specimens bonded with PUR started to fail.
The specimens bonded with PRF showed average time to
failure of 7.60 and 11.27 minutes for spruce and DRM
respectively. In Figures 16 (a) and 17 (a), thermocouples
T1 to T3 and thermocouples T1 to T4 respectively,
exceeded the temperature of 300oC. Thus, the char
depths were approximately 15 mm (location of T3) and
20 mm (location of T4) when the specimens bonded with
PRF started to fail.
The approximation of char depth values from Figures 16
and 17 augurs well with the char depth calculated from
simple subtraction of the specimen’s initial depth before
test and the average measured residual depth of the
tested finger-jointed specimens (Table 3).
Table 3: Average of measured residual depth and calculated
char depth

Species
(adhesive)

Measured residual
depth (mm)

Calculated char
depth (mm)

Spruce(PRF)

26.40

14.87

Spruce(PUR)

31.12

10.70

DRM(PRF)

24.77

17.05

DRM(PUR)

32.58

9.51

(a)

(b)
Figure 16: emperature across inger-jointe spruce
specimens on e ith a R
R

(a)

(b)
Figure 17: emperature across inger-jointe
on e ith a R
R

R

specimens
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3.2 TENSILE TEST AT AMBIENT
TEMPERATURE
The average tensile strength of DRM finger-jointed with
PRF and PUR were higher than the spruce when tested at
ambient temperature (Table 4). Figure 18 showed the
tensile strength of both spruce and DRM with their
corresponding density. DRM with higher density
exhibits higher tensile strength compared to spruce.
In Table 4, the average tensile strength of finger joints
bonded with different adhesives was similar for the same
timber species. In contrast, the PRF finger joints
performed better compared to PUR in the fire tests.
Therefore, temperature influences the tensile strength of
finger-jointed specimens bonded with different
adhesives in this study.

Figure 19: ailure o inger joints an
specimens on e ith R top an

oo or R
R ottom

Table 4: Tensile strength of finger joints

Tensile strength (MPa)

Species
(adhesive)

Mean

Standard deviation

Spruce(PRF)

43.13

10.49

Spruce(PUR)

41.13

6.03

DRM(PRF)

72.84

7.77

DRM(PUR)

72.94

6.71
Figure 20: i ture o oo
ailures in the glue lines

i re pull-out an a hesi e

4 CONCLUSIONS

Figure 18: ensile strength ersus ensity or R
inger-jointe specimens

an spruce

Observation of the mode of failure for DRM specimens
finger-jointed with PRF showed failures mainly at the
glue lines of the finger joints while with PUR, the
majority of the failures occurred both at the glue lines
and by splitting of wood (Figure 19). Further inspection
of the failed glue lines showed a mixture of a large
amount of wood fibre pull-out and adhesive failures
(Figure 20). Higher rate of wood fibre pull-out typically
indicates good bonding performance.

The results of this study showed that the types of
adhesive influenced the time to failure of finger joints
tested in tension in the bench-scale fire tests. Finger
joints bonded with PRF adhesive showed better
performance in fire condition with higher time to failure
and lower residual cross-section compared to PUR. In
contrast, the type of adhesive had no effect on charring
rate.
The higher density DRM species with lower moisture
content charred more slowly compared to spruce. It can
be concluded that density and moisture content may play
a role in influencing the charring rate of the fingerjointed timber. Nevertheless, further investigation is
needed to determine the individual contributing factors
that may influence the charring rate by using specimens
of the same density range but different moisture content
and vice versa.
At ambient temperature, the tensile strength of DRM
specimens was higher than the spruce. There were no
differences in tensile strength when comparing the finger
joints bonded with PRF and PUR adhesives.
This simple bench-scale fire test arrangement provides a
clear indication of the performance of different
adhesives in the finger joints subjected to fire conditions
without the need to perform the full size standard fire
tests. Future work should include testing of finger joints
in large-scale fire tests using the same types of
specimens and adhesives, and comparing the results
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obtained to the bench-scale fire tests. Further
development of the bench-scale fire test can be made and
standardized so it may be possible to accurately
determine the performance of adhesives in fire
conditions for structural products.
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LATERAL TORSIONAL BUCKLING OF TWIN BEAM DECK
ASSEMBLIES UNDER WIND UPLIFT – SWAY VERSUS NON SWAY
MODELS
Yan Du1, Ma di Mohar

2,

Ghasan Douda

3

ABSTRACT: In beam-deck systems, the decking boards can potentially improve the buckling capacity by restraining
the twisting and lateral displacement, however, under wind uplift, simply-supported beams are subjected to compressive
stresses at their bottom fibres. Because the bracing action of the decking is provided to the top fibres, it is unclear to what
extent such restraints are effective in controlling lateral torsional buckling as a possible mode of failure. Thus, the present
study aims to quantify the effects of restraints provided by deck boards on the lateral torsional buckling capacity of beams
under wind uplift. Towards this goal, two finite element models based on ABAQUS are developed for a twin-beam-deck
assembly. Both models capture the continuous partial twisting restraint provided by the deck bending action. In the first
model, the deck is assumed to provide full lateral restraint to the twin beams so as to prevent sway while in the second
model, the assembly is allowed to sway laterally. A parametric study is conducted in both models and key behavioural
differences between the models are highlighted. Comparisons between the present models and current design standards
in North America are also presented. Both models show that the lateral torsional buckling capacity of twin-beam-deck
assemblies under uplift is significantly enhanced by the deck restraining effects.
KEYWORDS: Lateral torsional buckling, beam-deck assembly, finite element analysis.

1 INTRODUCTION
1.1

MATERIAL PROPERTIES OF WOOD

Wood is an anisotropic material but is generally
considered as orthotropic with different mechanical
properties in longitudinal ( ), radial (R) and tangential ( )
directions. For a wood member shown in Figure 1, the
longitudinal axis is parallel to the grain, the radial axis is
perpendicular to the grain and normal to the growth rings,
and the tangential axis is perpendicular to the grain but
tangent to the growth rings.

buckling sensitivity analysis with the commercial
software ABAQUS [4]for those six independent
constants. It was concluded from his study that the
modulus of elasticity along the longitudinal direction
are the only
and the transverse shear modulus
variables that influence the lateral torsional buckling
capacity.

Due to the orthotropic nature of wood, its material
properties are described by twelve constants, i.e., three
moduli of elasticity , three shear moduli , and six
Poisson’s ratios  . Based on FPL [1], the moduli of
and Poisson’s ratios  are interrelated and
elasticity
the number of independent properties reduces to nine.
Also, Isopescu [2] confirmed that the difference between
properties in radial and tangential directions is
insignificant, thus reducing the number of independent
properties to six. Xiao [3] conducted a lateral torsional
1
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Figure 1: hree principal a es o

1.2

oo

LATERAL TORSIONAL BUCKLING OF
WOODEN ROOF SYSTEMS UNDER WIND
UPLIFT

Timber roof structures typically consist of parallel deep
beams braced on top by deck boards through means of nail
connections. Deep beams are efficient in bridging long
spans but are prone to lateral torsional buckling as a
possible mode of failure. Deck boards can potentially
improve the buckling capacity by restraining the twisting
and lateral displacement, however, under wind uplift,
simply-supported beams are subjected to compressive
stresses at their bottom fibres. The beneficial effect
caused by the presence of deck bracing on the tension side
of the beam has not been recognized in North American
Standards (CSA O86 [5], NDS [6]). Within this context,
the present study develops two finite element models
based on the commercial software ABAQUS for a twinbeam-deck assembly (Figure 2) to quantitatively examine
the deck restraining effects on the lateral torsional
buckling of beams under wind uplift. Both models capture
the continuous partial twisting restraint provided by the
deck bending action. In the first model, the deck is
assumed to provide full lateral restraint to the twin beams
so as to prevent sway at beams top while in the second
model, the assembly is allowed to sway laterally and the
relative partial lateral bracing is provided by the stiffness
of a deck-joint assembly. The lateral stiffness of the deckjoint assembly incorporates the flexibility of the nailed
joints in shear as well as the longitudinal flexibility of the
deck boards. Parametric studies are performed under both
models to investigate the effects of key parameters on the
lateral torsional buckling capacity of the twin-beam-deck
assemblies, such as: beam and deck spans, lateral restraint
height and stiffness, and the contributions of lateral and
twisting restraints. Comparisons between the present
models and the design codes in North America are
presented.

Figure 2:

oo en t in- eam- eck assem ly

2 LITERATURE REVIEW
Previous analytical studies on the stability of continuously
restrained beams can be categorized into two types: (1)
non-sway models (Section 2.1) where the beams are
prevented from lateral movement at the top, and (2) sway
models (Section 2.2) where the top of the beam is allowed
to sway laterally and is partially restrained against lateral
movement and/or angle of twist. Consistent with the
objective of the present study, the studies involving

negative moment (compression at beam bottom) and wind
uplift are reviewed. Also, a review of relevant numerical
studies based on finite element models under existing
FEA software are provided in Section 2.3.
2.1

NON SWAY MODELS

Only a few studies have considered the case where the
beam is restrained from lateral sway. This includes the
work of Vlasov [7] who formulated a lateral torsional
buckling solution for simply-supported beams with a
continuous rigid lateral restraint and a continuous elastic
twisting restraint under uniform moment. An
experimental verification of the Vlasov solution was
provided by Roeder and Assadi [8]. Larue et al. [9] further
generalized the buckling solution of Vlasov for linear and
parabolic bending moment distributions with moment
reversal.
2.2

SWAY MODELS

Vlasov [7] also formulated a buckling solution for simplysupported beams braced by continuous elastic lateral and
twisting restraints, subjected to uniform moments. Taylor
and Ojalvo [10] considered the case of simply-supported
beams with continuous or discrete elastic twisting
restraint under uniform and non-uniform moments. By
applying the Euler-Lagrange conditions, Errera et al. [11]
developed lateral torsional buckling solutions for twin
beams braced by the shear action of diaphragm and
subjected to uniform moments. Hancock and Trahair [12]
formulated a finite element solution for continuously
braced beam-columns where the deck is characterized as
elastic restraints partially restraining lateral displacement,
twisting along beam longitudinal axis, weak-axis rotation
and warping. A closed-form solution for uniform moment
was also developed by Trahair [13]. Khelil and Larue [14]
formulated an energy-based solution for simplysupported beams with continuous partial lateral restraint.
The solution was able to predict buckling capacity of
beams with uniform and non-uniform moment
distributions.
For steel purlin-sheeting systems under wind uplift, Pekoz
and Soroushian [15] modelled such systems as beams on
elastic foundation. Sokol [16] presented a simplified
model where the restrained purlins were modelled as an
equivalent member on elastic rotational foundation. Jiang
and Davies [17] studied the buckling behaviour of purlinsheeting systems based on the Generalized Beam Theory
(GBT). Lucas et al. [18] formulated a non-linear elastoplastic finite element model with geometric nonlinearity.
The model successfully captured the purlin-sheeting
interaction, cross-sectional distortion and local buckling.
In another study, Lucas et al. [19] developed a simplified
model where the restraining effects of sheeting were
idealized as elastic springs. Ye et al. [20] adopted a finite
strip method to investigate local, distortional and lateral
torsional buckling of zed-purlins restrained by steel
sheeting. The lateral torsional buckling of channel section
purlins laterally braced by sheeting was investigated by
Chu et al. [21]. Using a similar method, Li [22] and Chu
et al. [23] studied zed section purlins with continuous
lateral restraint. Basaglia et al. [24] developed a GBT
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solution for local, distortional and lateral torsional
buckling of channel and zed purlins restrained by
sheeting.
2.3

FINITE ELEMENT MODELS

Helwig and Frank [25] presented a finite element model
based on ANSYS for twin I-section beams braced by a
shear diaphragm. The beams were modelled by eightnode shell elements and the diaphragm was modelled by
four-node shell elements. Park and Kang [26] and Park et
al. [27] developed models under MSC/NASTRAN where
an I-section beam was modelled by four-node shell
elements and was rigidly restrained along the beam’s top
flange. Helwig and Yura [28] modified the model of
Helwig and Frank [25] by replacing the four-node shell
elements with two-node truss elements in modelling of the
shear diaphragm.
Compared with the finite element models mentioned
above, the present models capture the lateral (either rigid
or partial) and partial twisting restraints provided by the
deck boards. In contrast, Park and Kang [26] and Park et
al. [27] focused solely on rigid lateral restraints while
Helwig and Frank [25] and Helwig and Yura [28] focused
on beams laterally braced by the diaphragm shear action.
Another distinctive feature of the present models is that
they specifically target wood beams while incorporating
the unique characteristics of wood nailed connections.

3 FEA MODEL DESCRIPTION
3.1

NON SWAY MODEL

The finite element program ABAQUS 6.12-3 was used to
perform an eigen-value buckling analysis of the lateral
torsional buckling of the twin-beam-deck assemblies. The
two-node B31OS elements within the ABAQUS library
were used to model the twin beams. Each node has seven
degrees of freedom (i.e., three translations, three rotations,
and one warping deformation). The B31 elements were
chosen to model the deck boards. The B31 element has
two nodes with six degrees of freedom per node (i.e., three
translations, and three rotations). Figure 3 shows the twinbeam-deck model developed in ABAQUS with B31OS
elements depicted at the centroidal axes of twin beams
(Line 1) and B31 elements at the height of beam-deck
interface (Line 2). The number of B31OS elements used
in each beam was chosen to be consistent with the number
of deck boards. Each centroidal node (Line 1) was tied to
the deck node (Line 2) using a rigid link as defined by the
BEAM type multi-point constraint (*MPC) feature in
ABAQUS. Then, the *EQUATION feature was used to
activate only the transverse bending of the deck boards.
Also, the lateral displacement of each deck node was
restrained. The above kinematic constraints enforce
continuous full lateral restraint while accounting for the
partial twisting restraint provided by the deck bending
action.

Figure 3: on-s ay mo el

3.2

SWAY MODEL

Figure 4 shows the sway model of the twin-beam-deck
assembly. Similar to the non-sway model, the B31OS and
B31 elements were respectively chosen to model the twin
beams and the deck boards bending action. In addition,
the two-node SPRING2 elements were employed to
model the relative partial lateral restrain between the top
of both beams provided by the stiffness of the deck-joint
assembly (i.e., stiffness of a single deck board nailed at
each end). The lateral stiffness k of each deck-joint
assembly can be conceived to be that of three springs in
tandem (i.e., two springs, each representing the shear
stiffness of the joint k j at the beam-deck interface, and
another spring representing the deck axial stiffness k at
the height of beam-deck interface). By adding the
flexibility of the three components, one obtains the
equivalent stiffness k as k  k k j 2k  k j . The shear

stiffness of a nailed joint k j was taken as the initial
stiffness (i.e., the gradient that joins the origin and 10% of
the lateral strength resistance governed by the lowest
capacities amongst different failure modes) from the loadslip model recommended by CSA O86 [5]

  0.5


m


1.7

u





(1)

where  is the shear deformation of a single-nail joint,
is the nail diameter in mm, m is the service creep
factor accounting for load duration and moisture level,
is the lateral load, and u is the lateral strength resistance
as governed by the lowest capacities amongst different
failure modes. In the present study, the value m  1 was
used.

For the sway model, each deck node (Line 2 in Figure 4)
was tied to the corresponding centroidal node (Line 1).
Also, each spring node (Line 3) was tied to the
corresponding centroidal node (on Line 1). Both rigid
links were defined using the BEAM type multi-point
constraint (*MPC) feature in ABAQUS. Similarly, the
*EQUATION feature was used to activate only the
transverse bending of deck boards represented by B31
elements.
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For the case of UDL, Figure 6a indicates that the nonsway model is better able to control the beam lateral
displacement than the sway model. For the case of midspan concentrated loads, Figure 6b verified the above
observation. Also, Figure 6b suggests the non-sway
model is able to better control both lateral displacement
and twist angle near the beam end supports.
4.3

4 PARAMETRIC STUDY
A twin-beam-deck assembly with 6 m beam span and 2 m
deck span was chosen as a reference case. Both beams are
simply-supported with respect to lateral and vertical
displacements and angle of twist along longitudinal
direction. Beam material was assumed to be glulam
Spruce-Lodgepole Pine-Jack Pine 20f-EX with a 570 mm
deep and 80 mm wide cross-section. The modulus of
elasticity and shear modulus were assumed to be 10,300
MPa and 474 MPa, respectively (CSA-O86 [5], FPL [1]).
The deck boards are 38 mm thick and were assumed to be
Spruce-Pine-Fir No. 2 grade with a modulus of elasticity
of 10,000 MPa. Two 3.66 mm nails were assumed to be
installed at each beam-deck interface.
For the reference case, a mesh sensitivity analysis was
conducted for the non-sway and sway models to
determine the number of elements required for
convergence. Parametric studies were then conducted to
examine the effect of various parameters on the lateral
torsional buckling capacity by varying one parameter at a
time. Since only uplift loading cases were investigated,
the absolute values of critical moments are reported.
4.1

MESH SENSITIVITY ANALYSIS

For the reference case, Figure 5a,b shows the results of
the mesh study for the non-sway and sway models where
each beam is subjected to: (1) uniform moment, (2)
uniformly distributed load (UDL), and (3) mid-span
concentrated load. For the non-sway model (Figure 5a),
the critical moment under uniform moments exhibits an
oscillating behaviour as the number of beam elements is
increased and attains convergence at 80 elements per
beam. In contrast, for the other two loading types, 12
elements per beam are needed for convergence. For the
sway model, convergence is achieved for uniform
moments and UDL with 12 elements or less while more
elements are required for concentrated loads.
To satisfy convergence requirement and for plotting
considerations, 80 elements per beam were used in all
subsequent runs. For both models, a single B31 element
was found to be adequate to represent the deck bending
action and a single SPRING2 element was sufficient to
model the relative lateral bracing of the deck-joint
assembly.
4.2

COMPARISON OF MODE SHAPES

For the reference beam-deck assembly, the buckling
modes of the two models under UDL or mid-span
concentrated loads are shown in Figure 6a,b, respectively.

EFFECT OF BEAM SPAN

For the twin-beam-deck assembly, the beam span was
varied from 4 m to 10 m (All spans correspond either to
an elastic or inelastic governing buckling failure mode)
while the deck span was kept constant at 2 m. The critical
moments as predicted by both models under UDL and
mid-span concentrated loads are shown in Figure 7a,b,
respectively. For the case of UDL (Figure 7a), the nonsway model predicts a critical moment of 240 kNm for 4
m beam span. This compares with a slightly lower 238
kNm obtained from the sway model for the same span. As
the beam span is increased, the non-sway model shows no
significant capacity decrease while a 37.4% capacity
decline is observed for the sway model when the span is
10 m. Similar conclusion can be drawn for the case of
mid-span concentrated loads (Figure 7b). The above
observations suggest no clear trend between critical
moment and beam span for the non-sway model. Also, the
buckling capacity predicted from the sway model is
marginally lower than that based on the non-sway model
for short beam spans.
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4.

k  k , where is the width of a single deck board.
Four beam spans (i.e., 4, 6, 8 and 10 m) were studied while
the deck span was kept constant at 2 m. For a beam span
of 4 m, the critical moment increases steadily as the
relative lateral stiffness k increases. When the beam span
is 6 or 8 m, the critical moment is observed to increase
before k reaches a threshold value, after which the
critical moment remains constant, i.e., independent of the
magnitude of k . For a beam span of 10 m, the critical
moment remains constant, irrespective of the magnitude
of k . For a deck board that is 200 mm wide, the relative
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lateral stiffness k corresponding to a single nail per joint
is 5572 kN/m/m, while that based on two nails per joint is
9974 kN/m/m (Du [29]). Both values are depicted by
vertical lines on Figure 9. For the beam spans of 6 and 8
m, both values far exceed the threshold stiffness, thus
ensuring that the critical moment is maximized. For a
beam spanning 4 m, the critical moment based on k
corresponding to double nails per joint is marginally
below the threshold, but is enough to develop nearly the
full critical moment capacity. Thus, for all the beam spans
investigated, it is concluded that two nails per each beamdeck joint are sufficient to develop full critical moment
capacity.
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EFFECT OF LATERAL RESTRAINT
STIFFNESS

For twin-beam-deck assemblies under UDL, Figure 9
depicts the critical moment as a function of the relative
lateral stiffness per unit deck width k , defined as

Angle of twist

Lateral displacement (m)

(a)
0.5

EFFECT OF DECK SPAN

Mid-span concentrated loads and UDL were investigated
for the twin-beam-deck assembly where the deck span
was varied from 1 m to 5 m while the beam span was kept
constant at 6 m. For the case of UDL (Figure 8a), the nonsway model predicts a steady decline in critical moment
as the deck span is increased. In contrast, the sway model
shows a slight capacity increase as the span increases from
1.0 m to 1.5 m, after which the critical moment exhibits a
moderate drop. Similar observation is made from the case
of mid-span concentrated loads in Figure 8b. For both
loading conditions, the buckling capacity difference
between the sway and non-sway model becomes less
when the deck span exceeds 2 m.
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EFFECT OF LATERAL RESTRAINT
HEIGHT

For the case of UDL loading, Figure 10 shows the
buckling capacity for the reference twin-beam-deck
assembly as the lateral restraint is hypothetically moved
from the beam shear centre to the beam-deck interface
(0.29 m). The non-sway model shows a steep capacity
decline as the lateral restraint height moves upward. In
contrast, the results from the sway model where the lateral
stiffness per unit deck width k exceeds the threshold
value remain constant. Insight on the above observations
can be provided by examining the associated mode
shapes. For a relative lateral stiffness below the threshold
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For the sway model, Figure 11b illustrates the important
role of the partial twisting restraint in enhancing the
buckling capacity. Interestingly, in Figure 11b, the line
corresponding to the case of no twisting restraint
coincides with the one with no twisting and lateral
restraints, suggesting that the presence of the relative
lateral restraint only (i.e., deck-joint assembly) has no
beneficial contribution. Also, the gap between the line for
the lateral and twisting restraints and the line for no
relative lateral restraint suggests that the relative partial
lateral restraint contributes to the buckling capacity only
when the twisting restraint is also provided.

Critical moment (kNm)

For a twin-beam-deck assembly where the beam span was
varied from 4 to 10 m and the deck span was kept constant
at 2 m, three restraint scenarios are considered for the case
of UDL loading in the non-sway and sway models: (1)
lateral and twisting restraints, (2) lateral or twisting
restraint, and (3) no restraints. For the non-sway model
(Figure 11a), the difference between the upper line and the
lower line indicates that the critical moments for laterally
and torsionally restrained beams are several times higher
than those based on unrestrained beams. For example, for
a beam span of 10 m, the critical moment ratio between
the restrained and unrestrained beams is 6.27. In the nonsway model, the contribution of the partial twisting
restraint is illustrated by the gap between the line for the
lateral and twisting restraints and the line for no twisting
restraints while the contribution of the rigid lateral
restraint is illustrated by the gap between the line for no
twisting restraint and the line for no restraints. The above
comparison suggests that, for all the beam spans
investigated, the partial twisting restraint is the prime
contributor to the buckling capacity increase with the rigid
lateral restraint playing only a minor role.
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value, the modes are observed to be symmetric. In
contrast, when the relative lateral stiffness is beyond the
threshold value, the modes become anti-symmetric, thus
eliminating the dependence of the solution on the restraint
height (Du [29]).
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CSA is the highest when the beam span is 8 m, with a ratio
reaching 5.72 and 4.52 for the non-sway model and sway
model, respectively. The above comparison suggests that
the current design standards, which omit the contributions
of deck boards in wind uplift loadings, significantly
underestimate the buckling capacities, thus resulting in
overly conservative design.
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Table 1: uckling capacities comparison or
Sway
CSA
NDS
NonBeam
(1)
(2)
(4)
sway
span
(kNm (kNm
(3)
(kNm
(m)
(kNm)
)
)
)
4
78.3
72.1
240
238

For uplift UDL in Table 1, the CSA results are marginally
higher than those from NDS except for the 8 m span. The
ratio between the non-sway model and CSA is 3.07 and
6.11 for 4 m and 8 m spans, respectively. The ratio
between the sway model and CSA ranges from 3.04 to
4.65. For the case of uplift mid-span concentrated loads in
Table 2, the two codes predict similar buckling capacities
except for the beam spanning 4 m where the critical
moment from CSA is 13.5% higher than that based on
NDS. The difference between the present models and

3.07

3.04

52.2

51.8

242

211

4.64

4.04

8

39.1

40.5

239

182

6.11

4.65

Table 2: uckling capacities comparison or mi -span
concentrate loa s
CSA
NDS
NonSway
1
Beam
(1)
(2)
sway
(4)
span
 3
(kNm (kNm
(3)
(kNm)
(m)
)
)
(kNm)

1
 4
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Figure 11: uckling capacity as in luence y
inclusion e clusion o lateral an t isting restraints in a nons ay mo el,
s ay mo el un er

The lateral torsional buckling capacities obtained from the
present models are compared with those based on the
design standards in North America (CSA O86 [5], NDS
[6]) for a twin-beam-deck assembly under wind uplift. In
both codes, the contributions of the continuous lateral and
twisting restraints provided by the deck boards are
entirely neglected for wind uplift applications. This is
expected to underestimate the buckling capacity, which
would yield a design of roof system that is too
conservative. To quantitatively examine the capacity
difference between the present models and the design
codes, a twin-beam-deck system with beam spans of 4, 6,
8 m and deck spans of 2 m is investigated under uplift
UDL and mid-span concentrated loads. Beam and deck
material and dimensions are in line with those provided in
the parametric study. The results are shown in Table 1 and
Table 2 where the CSA and NDS are based on the 50th
percentile values without any reduction factors.
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245

4.52

3.94
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46.7

47.1

267

211
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CONCLUSIONS
Two finite-element models based on ABAQUS were
developed for the lateral torsional buckling investigation
of twin-beam-deck assemblies under wind uplift.
Parametric studies were conducted to investigate the
effects of various parameters on the buckling capacity and
a quantitative comparison between the non-sway model,
the sway model and design codes was presented. The key
observations are:
1.

For both the sway and non-sway models, the buckling
capacity can be several times higher than
unrestrained beams and most of the additional
capacity is attributed to the continuous partial
twisting restraint. For the sway model, comparison
between different restraint scenarios shows that the
presence of relative lateral restraint alone is
ineffective.

2.

The non-sway model consistently predicts critical
moments higher than those based on the sway model.
Large capacity differences are observed for long span
beam or short span deck.

3.

Unlike the sway model which has a clear downward
trend between the critical moment and beam span, the
results from the non-sway model indicate that there
is no clear trend between the buckling capacity and
beam span.

4.

For the deck spans examined, both models show an
overall buckling capacity decline as the span is
increased.

5.

For the sway model, the lateral stiffness of the deckjoint assembly with two nails at each joint is shown
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to provide sufficient lateral stiffness to maximize (or
nearly maximize) the lateral torsional buckling
capacity.
6.

The lateral restraint height has a significant influence
on the buckling capacity for the non-sway model.
However, for the sway model where the lateral
stiffness exceeds the threshold stiffness, the lateral
restraint height has no effect on the buckling
capacity.

7.

Current design standards in North America
significantly underestimate the lateral torsional
buckling capacities of wooden beam-deck assemblies
under wind uplift.
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Post-Tensioned LVL Beams: Experimental Results and Numerical Modelling
Gabriele Granello1, Simona Giorgini2, Alessandro Palermo3, Stefano Pampanin4
ABSTRACT: The benefits of longitudinally post-tensioning in timber beams has been highlighted in several laboratory
tests carried out at the University of Canterbury. However, there is still some concern about the long-term behaviour of
post-tensioned engineered wood, which relates in particular to the amount of possible post-tensioning loss due to creep
effects inside compressed members. For this reason, research has been conducted at the University of Canterbury
including both experimental and numerical work on post-tensioned members. In the first part of this paper, the
experimental results relative to four years of monitoring of post-tensioned LVL beam specimens with different tendon
profiles are presented. In the second part, a coupled finite difference-finite element procedure is proposed to
numerically simulate the beams behaviour. Results are then critically discussed, in particular concerning the amount of
post-tensioning losses as well as creep deformations on the beams deflection.
KEYWORDS: Post-tensioning loss, long-term, creep.

1 INTRODUCTION 123
Several researches have been carried out to investigate
possible applications of post-tensioning techniques on
timber members. In 1964 Lantos [1] used a monowire
post-tensioning tendon to upgrade the strength of lowgrade timber, with modest results in terms of ultimate
capacity.
In 1965 Peterson [2] investigated the
application of prestressed high-strength steel strip
bonded to the beam tensile surface, with minor benefits
on the strength and stiffness of the member. Unbonded
post-tensioned tendons were used to mitigate the
deflections of sawn timber beams by Bond and Sidwell
[3] in 1965, enhancing the beam response. In 2008
Brady et al. [4] proposed to reinforce Glue Laminated
Timber (Glulam) beams with bonded prestressed FRP
laminates in the tension zone improving the overall
structural response. Post-tensioning is also commonly
applied to increase the shear friction in stress-laminated
deck plates [5] and several applications can be found in
literature [6][7] since 1987. In the last decades, the
development of engineered wood materials such as
Glulam and Laminated Veneer Lumber (LVL) allowed
the spread of innovative construction techniques, among
which Prestressed Laminated Timber (PresLam) [8]. By
using unbonded post-tensioning tendons to connect
engineered wood elements/components as part of
frames, walls or dual systems, the technology proved to
be an alternative solution to design multi-storey timber
buildings [9].
1
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Figure 1: Massey University, Wellington: a) lateral view of
the post-tensioned frame and b) draped tendon detailing ;
Merritt Building, Christchurch: c) aerial view of the posttensioned frame; Trimble Navigation Office, Christchurch: b)
aerial view of the post-tensioned frame ; Diocesan School for
girls aquatic centre, Christchurch: e) inside view of the posttensioned beams (previous images courtesy of Andy Buchanan,
with permission).
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As shown in Figure 1, several buildings have been
erected in New Zealand by using post-tensioned LVL
timber members, to create both seismic and gravity
design solutions. In terms of gravity design in particular,
considerable benefits in terms on deflection reduction
can be obtained for long-span beams [10] and frames
[11] [12].
The tendon profile especially can be
optimized to provide the necessary design pre-camber,
improving the structural performance without increasing
the section depth or in general the member/connection
stiffness (moment of inertia, E-modulus and boundary
conditions).
To ensure the structural performance over time, posttensioning loss due to creep effects has to be considered
in the design phase, as proposed by Giorgini et al. [13].
However, there is still some scepticism related to the
amount of post-tensioning loss, mostly due to the lack of
experimental results available in literature. Most of them
also analyse usually straight barycentric tendon profiles
[14] [15].
To further investigate the long-term behavior of posttensioned timber members including different tendon
configurations, a research project was initiated at the
University of Canterbury, New Zealand in 2011 [16].
The long-term behaviour of four hollow core LVL posttensioned beams has been investigated under
uncontrolled environmental conditions (Figure 2), and it
is still being monitored. In this paper the experimental
results relative to four years of monitoring are presented
and discussed. Finally, a numerical procedure based on
Toratti’s [17] constitutive law behaviour is proposed to
simulate the system response.

2 EXPERIMENTAL CAMPAIGN
2.1 Experimental Setup
Four LVL post-tensioned box beams have been
monitored since 2011 (Figure 5).

1.
2.

Simply supported (S-S) beam on 9 m span with
straight tendons (scaled 1:1);
Multi supported (M-S) beam on 4.5 m spans
with draped tendons (scaled 1:2);

Figure 3 Alternative Design for the School of Biological
Science, Christchurch: a) Render (courtesy of Courtney
Architects, with permission [18] ); b) Section plan [18])

Two different load conditions were applied, simulating
both a timber floor solution and a timber-concrete
composite floor solution, detailed in Figure 4. The
corresponding dead loads are equal to 1.9 KN/m2 and
0.93KN/m2 respectively for the timber-concrete and
timber floor system.

Figure 2 Post-tensioned specimens being monitored at the
University of Canterbury.

The beams design comes from an alternative timber
solution proposed by Dal Lago and Dibenedetto [18] for
the School of Biological Science, Christchurch (Figure
3). Two of the specimens were post-tensioned and
loaded, whereas two of them with equal geometry were
just post-tensioned. Also, two dummy specimens were
disposed to monitor the moisture and temperature
induced timber deformations. The setup considers two
different static schemes and tendon profiles:

Figure 4 Timber floor solution: a) Timber-concrete composite
floor; b) Timber floor

The specimens are located in a shed in Christchurch
which protects them from direct contact with
environmental events. However, the shed is not insulated
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and the humidity is not controlled, but constantly
monitored. Details of the geometry and of the
instrumentation are reported in Figure 5.

2.2 Materials
Timber was provided by Nelson Pine and classified LVL
grade 10 according to the New Zealand market. Its
properties, according to the manufacturing specifications
(bending strength fb, compression strength parallel to the
grain fc, tension strength parallel to the grain ft, shear
strength fs, compression strength perpendicular to the
grain fp, Young’s modulus Et and shear modulus Gt), are
reported in Table 1.
Table 1: LVL 10 mechanical properties (MPa).
LVL Grade 10
fb

fc

ft

fs

fp

48

45

30

6

12

Et
10700

Gt
535

Post-tensioning steel was provided by BBR-Contech and
consisted of 0.5 in. 7-wire strands straight tendons,
whose properties (strand diameter Φi, area Api, ultimate
strength fptk, nominal yielding strength fpt01k, Young’s
modulus Es, thermal coefficient αs) are reported in Table
2.
Table 2: Post-tensioning steel properties.
Steel Tendon Properties
Φi [mm]

Api
2
[mm ]

fptk
[MPa]

fpt01k
[MPa]

Es [GPa]

αs
[°C
1
]

12.7

100.1

1860

1674

195

10

-5

2.3 Post-tensioning application
Firstly, the beams were stressed up to approximately 770
KN (6 tendons stressed up to 60% fptk ) for the simply
supported case and up to 385 KN (3 tendons stressed up
to 60% fptk ) for the multi-supported case. After that,
concrete blocks acting as dead load were placed on top
of the beams. The total load of the blocks is 6.4KN/m for
the real scale beams and 3.1 KN/m for the half-scale
beams.
The beams have then been kept under continuous
monitoring.
2.4 Experimental Results
Temperature and relative humidity in the shed have been
constantly measured since the beginning of the
experiment. Few interruptions in the data acquisition
occurred due to power blackouts, however the
monitoring system was re-set every time after each
interruption. Temperature on average oscillated between
20° C in summer and 2° C in winter, with maximum
peaks up to 23° C and minimum peaks down to 1.4° C.
The daily thermal excursion was about 20% variation.
Even if the shed has protected the beams from direct
contact with atmospheric conditions, the beams
experienced seasonal temperature cycles similar to the
outdoor environment.

Figure 5 Experimental Setup and anchorage plate detailing.
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Figure 6 Temperature and relative humidity inside the shed.

The temperature values (Figure 6) are similar to the
temperature measured in correspondence of the weather
station of Christchurch Airport [19]. However, the
average relative humidity was higher than what
measured/recorded in the outdoor conditions. This is
probably due to condensation phenomena inside the
shed.
Timber inelastic deformations measured on the dummy
specimens are presented in Figure 7 for both the reduced
section beam and the full scale beam.

Inelastic Deformation [-]

1.5E-04
1.0E-04

In terms of post-tensioning trend, results are reported in
Figure 8. In order to compare the different cases, the
post-tensioning force PT is expressed over the initial one
PT0.
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2/18/11
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3/29/15

S-S Unloaded

S-S Loaded

M-S Unloaded

M-S Loaded

Figure 8 Post-tensioning loss for the different specimens.

It can be seen that the simply supported beams (S-S
loaded and S-S unloaded) perform better over time, with
a post-tensioning loss equal to 3.5-4.5% in four years. If
extrapolating over 50 years, values around 8-9% would
be anticipated. Conversely, the multi-supported beams
present a loss equal to 10-15% in approximately 3 years.
Even in this case, an extrapolation over 50 years would
lead to loss values equal to 30-35%. The reason behind
can be explained with the anchorage detailing, as
illustrated in Figure 9.

5.0E-05
0.0E+00
-5.0E-05
-1.0E-04
-1.5E-04
4/19/12

4/19/13
Reduced

4/19/14

4/19/15

Full Scale

Figure 7 Timber inelastic deformations.

It can be noticed that the reduced section presents
slightly higher values of inelastic deformation. Since
these values are directly proportional to the moisture
content (Equation 1), and because the reduced section is
more sensitive to moisture content changes [20], results
are in agreement with what was expected.
Considering the relationship [17] between the moisture
content change Δu and the inelastic deformation ε in
being:

ε in = α u ⋅ Δu

with the expansion coefficient

(1)

α u =0.00625

, their

amplitude indicates a moisture content change of ±1.1%
for the full scale beam and ±1.6% for the reduced scale
beam. These results are compatible with the values
proposed by Fragiacomo and Schanzlin [21].

Figure 9 Anchorage detailing: a) Multi supported beam: the
anchorage forms an angle with the grain direction; b) Simply
supported beam: the load direction is parallel to the grain.
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In the simply-supported case, the anchorage compresses
timber only in the parallel-to-grain direction.
Conversely, in the multi-supported case the posttensioning
force
partially
compresses
timber
perpendicular to the grain, due to the angle which the
anchorage plate was designed. In this second case
therefore, a greater loss occurs as the properties of
timber perpendicular to the grain are poorer with respect
to parallel to the grain, as proved by many authors [15]
[21].
In terms of beam deflection, the results are presented in
Figure 10. Unfortunately the potentiometers measuring
the deflection for the multi-supported unloaded case
failed during the test, therefore the information is not
complete.
2
1.8

d/d0

1.6
1.4
1.2
1
0.8
2/18/11

7/2/12

11/14/13

S-S Unloaded
M-S Unloaded

3/29/15
S-S Loaded
M-S Loaded

Figure 10 Beams deflection over time.

In the simply supported case it is interesting to notice
that the deflection increases for the unloaded beam while
decreases for the loaded beam. Since the beams were
designed to have an elastic precamber twice the vertical
load deflection [18], both configurations were expected
to increase their deflection with time. However, results
show that the deflection decreases which means that the
creep induced by the dead load is greater that the one
induced by post-tensioning. Conversely, the loaded beam
in the multi supported case increases its deflection
despite the dead load contribute. A possible explanation
relies on the creep contribution due to shear. This is fact
expected to be a not negligible issue for timber due to its
shear deformability, and possibly greater than creep due
to tension and compression as demostrated by Gressel
[23]. In the simply supported only post-tensioned case,
the post-tensioning system induces a constant moment
over the beam and no shear. When extrapolating to 50
years, the deflection creep factor tends to a limit of 1.42,
far from the values of 2-3 proposed by the Eurocode5 [5]
for this environmental conditions. If a dead load is
applied, the combination of this two load cases produces
a decreasing deflection since this second load
configuration introduces shear forces in the timber
member. This thesis is confirmed by the multi-supported
loaded case. In fact, since the post-tensioning system
with draped tendon profile induces shear forces in the
timber member, the deflection still increases despite the

dead load being applied. In particular, when
extrapolating the results of the mid-span, a deflection
creep factor value of 3 over 50 years is obtained, thus in
line with the values proposed by the international codes
[5].
2.5 Considerations
The following considerations upon the experimental
results can be drawn:
1. The post-tensioning loss was observed to be
3.5-4.5% of the initial value after 4 years, in the
unloaded and loaded simply supported beams.
Conversely, higher values around 8-9% are
recorded for the multi-supported beams. The
reason of this discrepancy is due to the different
amount of timber loaded perpendicular to the
grain in the two alternative configurations. The
extrapolated values at 50 years (8-9% for the
simply supported beams and 30-35% for the
multi supported beams) are compatible with
literature results [14], [15].
2. The pre-camber in the unloaded simply
supported beam was observed to increase over
time and to move towards a value equal to 1.34
times the elastic deflection in 50 years. The
loaded multi-supported beam deflection tends
as well to increase, but towards a value of 3
times the elastic in 50 years despite greater loss
in terms of post-tensioning. On the other hand,
the simply supported loaded beam experienced
a decreasing pre-camber. This confirms that
shear has a significant influence on creep
deformation.
3. In order to minimize the loss, particular care has
to be taken in the anchorage design, particularly
minimizing the amount of timber loaded
perpendicular to grain. However, despite the
post-tensioning loss effect, the tendons enhance
the structural performance of the system. The
creep effect due to the pre-camber, in fact, can
be used to counter-balance the creep induced by
the dead load.

3 NUMERICAL SIMULATION
In order to simulate the long term behaviour of timber, a
coupled finite difference-finite element model based on a
fibre approach is presented. At this stage the model is
developed only considering timber loaded parallel to the
grain. An overlook of the procedure is reported in Figure
11 and summarized in the following steps:
1. Beams are modelled as finite elements with
fibre approach. Mechanical properties are
initialized and the post-tensioning system is
treated as equivalent loads.
2. A diffusion analysis is carried out with a finite
difference integration scheme to calculate the
moisture content over the section.
3. A viscoelastic analysis is performed considering
the post-tensioning force as constant within the
time step.
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4.

The Post-tensioning force is updated at the next
time step by imposing the displacement
compatibility at the anchorage interface.

Figure 12 Discretized section

As shown in Figure 12, the section is discretized and
then the moisture content is numerically obtained at each
point for each time step. To verify the algorithm
implementation, results are compared with those
presented in literature, along with the enforced
environmental relative humidity variation. The
comparison is reported in Figure 13.
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Figure 13: Average moisture content obtained by different
authors, i.e. Fragiacomo [25], Shanzlin [20], Khorsandnia et
al.
Figure 11 Coupled finite difference-finite element procedure
for post-tensioned beams analysis.

3.1 Diffusion Analysis by Finite Difference Method
Since the long-term behaviour of timber is strongly
dependent on moisture variation content, Fick’s law was
employed to estimate the humidity distribution across
the beam section. Neglecting the variation along the
beam axis, moisture content varies according to:
∂u
∂ 2u
∂ 2u
(2)
= Dy 2 + Dz 2
∂t
∂y
∂z
Where u, moisture distribution, and Dy, Dz, Diffusion
coefficients. Equation (2) can be solved numerically by
implementing a finite difference integration scheme. The
so called “Alternating-Direction Implicit” (ADI)
integration scheme [24] was chosen for its property to be
robust (implicit, less stringent on convergence criteria)
and computationally efficient (tri-diagonal matrices in
2D case).

Results can be seen in agreement with literature.
3.2 Timber Constitutive Law
Toratti’s model B [17] was implemented in
Matlab/Opensees to describe timber behaviour. The
model consists of six Kelvin-Voigt bodies for pure
creep, one Kelvi-Voigt body for mechano-sorptive creep
and one element describing timber hydro expansion
according to Equation (3).
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t0



t
∂J (u (τ ))
∂σ (τ )
dτ + ∫ σ (τ ) 0
du (τ )
t
0
∂τ
∂u (τ )
Elastic strain


− c ∫ du (τ1 ) 
t
t 
∂σ (τ )
 ∂σ (τ )
dτ + J ∞ ∫ 1 − e τ
dτ
+ ∫ J c (t ,τ )

t
t0
∂τ
0

 ∂τ

Creep strain
 
t

numerical results are reported in Figure 14 against the
experimental values. The best fit was found for the
following
values
of
diffusion
coefficient

D0 = 0.6 ⋅10−11 m2 / s

t0



Shrinkage / swelling

Where

t

∫ αu du (τ )

(3)

t0



Inelastic ( moisture )

ε , J , σ , u , t0 , t

and

τ

represent the total strain,

creep compliance, total stress, moisture content, initial
time, final time and current time of the analysis,
respectively. The model parameters, which depend on
the material (i.e. wood species), are

c, J , b and α u .
∞

The creep compliance J (t ,τ , u ) was defined by Toratti
[17] as:
J (t ,τ , u) = J 0 (u) + J c (t ,τ ) =

 t −τ 
1
1
+


E0 (1 − ku u) E0 (1 − kuuref )  td 

Moisture Content [%]

t

surface

emissivity

S = 1.3 ⋅10 −7 m / s .

Mechano − sorptive creep
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Figure 14 Numerical simulation of the timber average
humidity content inside the tested beams.

Where

E0 represent the Young’s modulus of dried

The pure creep coefficients

timber,

uref

the pure creep exponential law experimentally obtained
by Davies and Fragiacomo [14]:
J c = 0.0071t 0.38
( 8)

parameter,

the reference moisture content,

ku a model

td , m material properties defined by Toratti

for spruce timber. Expanding the creep compliance
function as sum of N Kelvin chains, it can be written
as:
N

J (t ,τ , u) = J0 (u) + J0 (uref )∑ J n 1 − e−(t −τ ) τ n 
n =1

The model parameters

( 5)

J n ,τ n were proposed by Toratti

[17] for spruce timber and are calibrated for LVL 10
according to the results obtained by Davies and
Fragiacomo [14].
3.3 Anchorage displacement compatibility
Post-tensioning force is updated considering the
displacement compatibility at the anchorage interface.
Therefore:

( 6)

Pt +Δt = Pt + ΔPt +Δt comp

Assuming a linear elastic behaviour for timber, the
compatibility of displacements at the steel-timber
interface can be expressed as

ΔP t +Δt comp

Δd
= − ten
Lten

t +Δt

Es As

(7)

3.4 Material calibration
The model was used to evaluate the moisture content on
LVL block specimens subjected to cyclic humidity
variations tested by Davies and Fragiacomo [14]. The

J n ,τ n were calibrated to fit

The calibration was performed by using a non- linear
least squares optimization on the J n ,τ n parameters of

the function:

6

− t 

J ( J n ,τ n , t ) = ∑ J i  1 − e τ i 


i =1

(9)
∞

The mechano-sorptive parameters c and J were taken
as proposed by Fragiacomo and Davies [22]. The timber
moisture
expansion
coefficient
and
the
shrinkage/swelling parameter were set according to
Toratti [17]. Summary of the adopted model parameters
is presented in Table 3.
Table 3 Model parameter for LVL 10.
Model Parameters
t1

0.1

t2

1

J2 0.00492 J∞

t3

10

J3

0.0088

t4

100

J4

0.0297

t5

1000

J5

0.0441

t6 10000 J6

0.2321

J1 0.00289

c

6.3
0.63

au 0.00625
b

1.3

3.5 Validation
The model is used to simulate the response of the tested
beams. Since only the creep behaviour parallel to grain is
at this stage implemented in the model, only the simply

Relative Humidity [%]

t

ε (t ) = ∫ J 0 (u (τ ))

WCTE 2016 e-book | 4495

2.

supported configuration is analysed. In Figure 15 the
results in terms of post-tensioning trend over time are
presented.

Post-tensioning Force [KN]
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740
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4 CONCLUSIONS

720
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Unloaded Experimental

Unloaded Numerical

Loaded Experimental

Loaded Numerical

Figure 15 Post-tensioning trend over time. Numerical vs
experimental results.

It can be noticed that the numerical results are in good
agreement with the experimental ones (max error below
2%). Mid-span displacements are presented in Figure 16.
As expected the model overestimates the deflection in
both cases. This happens because the same creep
function was applied to both the load cases regardless
the shear presence.

In the first part of the paper, experimental results on the
long term behaviour of post-tensioned beams under
uncontrolled environmental conditions were presented
and discussed. In particular the response in terms of
post-tensioning loss, inelastic deformation and beams
deflection was highlighted.
In the second part, an analysis approach based on a
mixed finite difference-finite element procedure was
presented to simulate the beams behaviour. Numerical
results were compared with experimental ones in terms
of post-tensioning loss trend and viscoelastic deflections.
The overall results highlight the benefits of posttensioning timber beams to reduce the long term
deflection. The prediction in terms of post-tensioning
loss is achievable with good accuracy by using the
proposed procedure and the available creep functions.
Conversely, the deflection prediction is still affected by
uncertainty due to shear forces.
4.1 Future Research

35
Mid-span displacement [mm]

The mixed formulation procedure proposed
based on Toratti’s model [17] seems adequate
to describe the long-term behaviour of posttensioned timber beams. In particular the results
in terms of post-tensioning trend present a good
fit with the experimental values. However, the
response in terms of beam deflection has some
discrepancy, leaving open the question about
possible developments in terms of creep
functions.

30
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2/17/11 10/25/11 7/1/12

3/8/13 11/13/13 7/21/14

Unloaded Experimental

Unloaded Numerical

Loaded Experimental

Loaded Numerical

Figure 16 Beam deflections over time. Numerical vs
experimental results.

3.6 Considerations
Regarding the numerical formulation the following
observations can be made:
1. The Alternating-Direction Implicit (ADI)
scheme adopted to calculate the timber average
moisture content seems to provide satisfactory
results when compared to the experimental
values. New parameters in terms of diffusion
coefficient and surface emissivity for LVL 10
are also proposed.

The specimens will be kept under monitoring in order to
further develop confidence upon the creep behaviour in
the long-time period.
The proposed numerical model is not suitable for dailybased design purposes; therefore a simplified analytical
formulation is under development to provide the
necessary information from a design point of view.
As part of these further developments, timber behaviour
perpendicular to the grain will be also included.
Regarding the influence of shear in creep, further
research, both experimental and numerical, is
recommended.
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COMPARISON OF VERIFICATION AND REINFORCEMENT CONCEPTS
FOR TIMBER BEAMS WITH LARGE ROUND HOLES
Julia Dr s h r1, Man r d Au ustin2, G rhard S hi

ho r3

ABSTRACT: Within this paper a comparison of different reinforcement concepts for timber beams with round holes is
carried out. Therefore currently applied standardized methods and two recently developed approaches are considered.
By means of numerical and analytical investigations it becomes apparent that the analysed reinforcement methods
divergent to those given in current standards have great potential: shear stresses as well as tensile stresses perpendicular
to the grain in the critical areas around the beam opening can be reduced significantly. Hence, the maximum load
carrying capacities of the new reinforcement concepts supposedly exceed the standardized ones considerably. For
verification of the results experimental investigations on beams with different reinforcement methods are planned.
KEYWORDS: timber beams, GLT, CLT, round holes, reinforcement method, numerical study, analytical investigation

1 INTRODUCTION 123
Increasing society standards concerning safety and
comfort in modern buildings entail a progressive
technical effort to provide main building services. In
order to supply buildings with necessary conduits for
heating, shafts for ventilation or routes for electrical
wiring it is not always possible to pass around load
bearing structures. In order to keep the construction
height low or for architectural and aesthetic reasons
going through structural elements is often unavoidable.
Therefore large openings in beams represent common
design cases.
Naturally, holes in timber beams implicate an extensive
impairment not only due to a loss of material for load
carrying functions but also regarding the occurrence of
considerable stress concentrations around the hole edges.
Consequently, the load carrying capacity is reduced
significantly. In order to avoid premature and brittle
failure due to a combination of shear and tensile stresses
perpendicular to the grain, providing reinforcement is
essential in most cases.
Since ON EN 1995-1-1 [1] does not contain any
regulations for the subject of beams with holes consistent
European standardization is yet still missing. However,
the national Annexes of Austria [2] and Germany [3]
comprise both, a design method for unreinforced beam
holes as well as detailed instructions for dimensioning
1

Julia Dröscher, Institute of Timber Engineering and Wood
Technology, Graz University of Technology, Austria,
julia.droescher@tugraz.at
2
Manfred Augustin, holz.bau forschungs gmbh, Austria,
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and verification of reinforcement. Yet, due to
insufficient knowledge of the issue the restrictions are
quite conservative. Further standards or guidelines that
contain specifications on the topic are the Swiss standard
SIA 265 [4], the enBR [5] as well as the Swedish glulam
handbook Limträhandbok [6].
Various tests have been carried out in the past showing
an increase in load carrying capacity of beam openings
with standardized reinforcement methods compared to
beams with unreinforced holes (see e. g. Aicher [7],
Aicher and Höfflin [8] as well as Aicher and Tapia [9]).
However, restoring the shear capacity of a respective
beam without opening is not successful in many cases.
Thus, new reinforcement concepts have been developed
which show promising results and could present
effective alternatives to conventional techniques.
Within this paper different reinforcement methods are
compared by means of a finite element analysis and
analytical considerations. In order to verify the results an
experimental study is contemplated based on the
parameter settings (e. g. load situation, dimensions) that
are used for the herein described investigations.

2 TIMBER BEAMS WITH HOLES
2.1 SUBJECT MATTER
Placing a hole in a timber beam causes a sudden change
in the cross section. As a result the stress flow within the
beam is disturbed. Shear and normal stresses have to be
relocated from the centroidal axis of the beam to the
upper and lower girder which leads to considerable stress
concentrations in corner or edge regions. Especially the
occurrence of high normal stresses perpendicular to the
grain has to be considered since resistance against this
stress type is known to be critical in timber engineering.
As already described in different publications (see e. g.
[7] and [10]) the stress distribution perpendicular to the
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grain is shaped differently depending on the type of
loading (shear or bending). Also the size of the stresses
differs considerably with load situation. Therefore two
main settings can be distinguished: a) shear dominant
regions with a small / -relationship (ratio between
moment and shear force at mid-hole) as well as b) pure
(and constant) moment action (see Figure 1). Since this
work aims at large openings the hole depth of this
example was set to h/2.
a sh ar dominant

0.875  h h/4

0.875  h

2.2 CLASSIFICATION OF BEAMS WITH HOLES

≈ 0.5

h

Concerning size and situation beam openings are
characterized differently depending on the respective
standard. Basic dimensions are shown in Figure 3.

1.75  h

–

a
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lz

a
r
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ur mom nt

lA

=

a

Figure 1: Rele ant loa situations or tim er eams ith
holes a shear ominant an
pure moment

Figure 2 shows the distribution of normal stresses
perpendicular to the grain due to loading situations a)
and b) of Figure 1.
a sh ar dominant

ur mom nt

a/ a ≈ 0.5
scale factor: σy  1

compression
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tension

=
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b/ b ≈ 
scale factor: σy  10
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φa ≈ 45
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φb ≈ 60
compression
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Figure 2: ormal stresses perpen icular to the grain a shear
ominant an
pure moment ase on numerical analysis

The stresses depicted in Figure 2 were evaluated in the
frame of the conducted numerical study. Therefore,
parameter settings (e. g. material, dimensions) are
identical to those in section 4.2.
It appears that load situation a) causes maximum tensile
stresses in the upper right as well as in the lower left
edge regions of the hole. The angle between vertical axis
and position of the maximum stresses is about 45°. On
the other hand pure moment action causes a stress state

eams ith holes ollo ing

Most standards classify holes in dependency of their
length . ON B 1995-1-1 [2] distinguishes between
 “small” (< max {0,1  h; 80 mm}) and
 “large” (≥ max {0,1  h; 80 mm}) openings.
For small holes meeting the geometrical restrictions as
well as performing verification on the remaining net
cross section is sufficient. However, large holes require
additional verification for critical zones at the hole
corners or edges.
2.3 GEOMETRICAL LIMITATIONS ACC. TO
CODES AND GUIDELINES
When executing unreinforced holes without providing
reinforcement the limiting dimensions according to
Figure 4 have to be considered.
lv

lz

a

hru

b

Figure 3: asic imensions o
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= 600 cm²
=
4,000 cm²

hd,max

=0

h

hrl

b

≈

e.g.: h = 1,000 mm

b/ b

0.5  h

hrl hd hru

a/ a

0.5  h

as displayed in Figure 2 b) with maximum tensile stress
in both upper edges at an angle of about 60° to the
vertical axis. In order to visualize the corresponding
stress state the stress values of situation b) had to be
multiplied by a scale factor of 10 compared to the ones
in situation a). Hence, in this example and for this /
ratio the main share of the stresses shown in Figure 2 a)
is caused by the effect of shear force a whereas only a
rather small part is caused by the interacting moment a.
However, the latter should not be disregarded, especially
for high / ratios (see Aicher and Höfflin [10]).

max

lA

max

r
=
7,500 cm²
max

= 563 cm²

ON B 1995-1-1:
DIN EN 1995-1-1
2015 [2]
/NA:2013 [3]
r
15 mm
15 mm
a
≤ 2.5  hd
≤ 0.4  h | ≤ h 2)
hd
≤ 0.15  h | ≤ 0.2  h 1)
≤ 0.15  h | ≤ 0,4  h 2)
lA
≥ 0.5  h
≥ 0.5  h
lv
≥h
≥h
≥ max {1.5  h; 300 mm} ≥ max {1.5  h; 300 mm}
lz
≥ max {1.25  h; 300 mm} 1) ≥ max {h; 300 mm} 2)
hr
≥ 0.35  h
≥ 0.35  h | ≥ 0.25  h 2)
1) ON B 1995-1-1:2010 [11]
2) DIN 1052:2004 [12]

enBR [5]
–
≤h
≤ 0.4  h
≥ 0.5  h
≥h
≥ max {h;
300 mm}
≥ 0.25  h

Limträhandbok [6]
25 mm
≤ 3  hd
≤ 0.5  h
–
–
≥h
≥ 0.15  h

Figure 4: Comparison o ma imum si e an minimum spacing
o unrein orce holes in tim er eams accor ing to , , ,
ase on an e ample eam ith h
,
mm
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Comparing different European standards and guidelines
with their former versions limitations concerning hole
size apparently became more conservative over time.
Thus, most of the currently valid codes confine the depth
of unreinforced holes to only 15 % of the beam depth.
Regulations for holes with reinforcement seem to be
similarly tight. The regarded codes [2–6] permit opening
depths of maximum 0.4  h only if the reinforcement is
placed externally in form of plywood or other wood
based products. Internally reinforced holes are limited
even stricter, to 30 % of the beam depth.
max =
2,100 cm²

max

= 4,000 cm²

= 2,250 cm²

a

≤ 2.5  hd

hd
lA
lv
lz
hr

≤h
≤ 2.5  hd 3)

max =
7,500 cm²

SIA 265:
2012 [4]
–

enBR
2007 [5]
–

≤h
≤ 2.5  hd

≤h

Limträhandbok
2003 [6]
25 mm
≤ h ... ext.
≤ 0.6  h ... int.
≤ 0.5  h ... ext.
≤ 0.35  h ... int.
–
–
≥h
≥ 0.15  h

≤ 0.4  h ... external reinforcement
≤ 0.4  h
≤ 0.3  h ... internal reinforcement 4)
≥ 0.5  h
≥h
≥ max {h; 300 mm}
≥ 0.25  h
3) acc. to DIN EN 1052:2004 [12]: a ≤ h
4) acc. to ON B 1995-1-1:2010 [11]: h ≤ 0.4  h valid for all kinds of reinforcement
d

Figure 5: Comparison o ma imum si e an minimum spacing
o rein orce holes in tim er eams accor ing to – , ase
on an e ample eam ith h
,
mm

3.1 UNREINFORCED BEAMS WITH HOLES
ACC. TO ON B 1
11 2
In addition to meeting the geometrical limitations the
design of timber beams with large holes (“large” as
established in 2.2) requires further verification.
ON B 1995-1-1 [2] proposes the calculation of
maximum tensile stresses perpendicular to the grain
following Eq. (1):
t,90,d

0.5  lt,90 

ef

 kt,90



t,90,d

(1)

where lt,90 = load distribution length:
 0.5   h  hd  ... for rectangular holes 
lt,90  

0.35  hd  0.5  h ... for circular holes


and

ef

(2)

 kcr 



t,M,d



h2 
 hd 
  3  d2   0.008  d
h 
hr
4h 
d

(5)

y
ON B 1995-1-1:2015
finite element method

t,90

t,90

0

0.2

0.1

0.3

x[m]

t,90

φ ≈ 45

lt,90

Figure 6: ensile stresses perpen icular to the grain or h
 h comparison o i eali e stress istri ution
accor ing to
an inite element analysis escri e in
section

As mentioned before, the specifications given in
ON B 1995-1-1 [2] are only valid for openings of
maximum 15 % of the beam depth. In order to conduct a
proper comparison, the analytical stress calculation as
well as the finite element model were realized with hd =
= 0.15 · h. In contrast to the first the latter shows
concentrated stresses at the hole edge rapidly decreasing
within a short distance.
The verification of the maximum shear stress is
described in Eq. (6):

τd  kτ 

= effective width of the beam cross section:
ef

t,V,d

0.15  hd

3 DESIGN OF BEAMS WITH HOLES

σ t,90,d 



In case of round holes the variables hd and hr are
replaced by (0.7  hd) and (hr + 0.15  hd), respectively.
For the stresses a linear distribution is assumed with a
maximum at the hole periphery at an angle φ of about
45° (see Figure 6).

0.15  hd

max

ON B 1995-1-1: DIN EN 1995-1-1
2015 [2]
/NA:2013 [3]
15 mm
15 mm

r

r
t,90,d

lA

(4)

As shown in Eq. (5) the tensile force perpendicular to the
grain t,90,d consists of two parts, Ft,V,d due to shear and
Ft,M,d due to moment load. Ft,V,d represents the sum of the
upper half of the shear stresses that are assignable to the
missing cross section of the beam and have to be
relocated to the upper girder. The lower half is
transferred to the lower girder and therefore induces
compression stresses perpendicular to the grain (see
Figure 2). t,M,d is based on test results (see Kolb and
Epple [13]).

0.7  hd

hru

lz

a

hd,max
hrl

e.g.: h = 1,000 mm

lv

0.5



 450  
kt,90  min 1.0 ; 
 
 h  




(3)

with kcr = factor regarding cracks; for solid wood and
glued laminated timber kcr = 0.67 according to
ON EN 1995-1-1 [1] (but kcr = 1.0 according to
ON B 1995-1-1 [2]); and kt,90 = factor that considers the
beam depth:

1.5  d

ef   h  hd 

v,d

(6)

where k is a factor to capture stress concentrations in the
corners of rectangular holes (see Blaß and Bejtka [14]):
 a h 
kτ  1.85  1     d 
 h  h 

0.2

(7)

Shear stresses of timber beams with rectangular holes
determined by Eq. (6) and (7) show good congruence
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with results of numerical studies. For round holes on the
contrary they are overestimated (see Dröscher et
al. [15]). However, ON B 1995-1-1 [2] does not suggest
disregarding k for round holes.
For bending verification ON B 1995-1-1 [2] proposes
Eq. (8):

σ m,d 

d

u/l,d





(8)

m,d

u/l

n

where d = design value of the moment at hole edge and
n = moment of resistance of the net cross section.
Accordingly, the first term of Eq. (8) accounts for
stresses due to global moment action, whereas the
second term considers bending stresses due to secondary
moments. They are calculated for the upper (“u”) and
lower (“l”) girder at the hole edges following Eq. (9):
u/l,d





u/l

u 

l

d



a
2

3.2 REINFORCED BEAMS WITH HOLES
ACC. TO ON B 1
11 2

ar

hru
h

hd
cracking

h1

a

ar

0.25  a ≤ ar ≤ 0.3  (hd + h)
0.25  a ≤ h1 ≤ hr

hrl 0.3h

h

hrl 0.4h

hru

Within ON B 1995-1-1 [2] two different reinforcement
methods are proposed: external reinforcements in form
of glued-on plywood or other wood-based materials (see
Figure 7, left) and internal reinforcements such as
vertically arranged glued-in rods or fully threaded, selftapping screws (see Figure 7, right).
cracking h1

tr

lad

l

cracking

l – lad

cracking

a1,c

tr

a

a2,c

a1,c

a2

lad = hr + 0.15  hd
l ≥ 2  lad

Figure 7: tan ar i e metho s o e ternal le t an internal
right rein orcements or eams ith roun openings
accor ing to

For the design of external reinforcement two main
criteria have to be considered. Shear stresses within the
glue joints are calculated according to Eq. (10):

τef,d 

t,90,d

2  ar  had



k,d

kk  σ t,d  kk 

(10)

where k,d = minimum value of either the shear strength
of the glue joint or the rolling shear strength of the

t,90,d

2  ar  tr



t,d

(11)

where t,d = tensile strength of the plate, kk = factor that
considers irregular stress distribution and may be set to
2.0 without verification; for ar and tr see Figure 7 (left).
Although an additional increase in shear capacity of
weakened regions can be expected, ON B 1995-1-1 [2]
only allows for a calculative gain in tensile resistance
perpendicular to the grain. In contrast, according to
Limträhandbok [6] the panel thickness is determined by
using a so-called utilisation factor μ in dependency of the
shear load, see Eq. (12):

(9)

where u/l = area of the respective girder and a = length
of the hole. d is defined as total shear force at the hole
edge, however, due to basic equilibrium conditions using
the shear force in the middle would be the logic way.
This verification method is intended especially for large
rectangular openings, as the lever becomes very long.
However, for round holes with large diameters the
influence of secondary moments should also not be
disregarded (see Dröscher et al. [15]).

had = h1 + 0.15  hd

weaker material (beam or glued-on plate). For t,90,d see
Eq. (5), for ar and had see Figure 7 (left).
In addition, tensile stresses within the reinforcement
plates are verified following Eq. (11):

μ

1.5 
h

v

(12)

where = shear force in the middle of the hole, and h
are width and depth of the full cross section,
respectively, and v = shear strength. With increasing
factor μ, the thickness tr of the panels has to be increased.
Also, regarding the reinforcement panels as part of a
composite beam could represent a reasonable alternative
which is already used to some extent in practical design.
Internal reinforcement should be applied and verified in
accordance with standards or valid European Technical
Approvals. For glued-in rods two limiting properties are
considered: strength of gluing interface and tensile
strength of the rod. Therefore the axial force can be
calculated according to DIN EN 1995-1-1/NA [3]:
ax,d

 π   lad  k1,d 
 min 

y,d  ef



(13)

where = nominal diameter, lad = effective length of the
steel rod (see Figure 7, right), y,d = yield strength,
ef = effective cross section of the steel rod and k1,d =
= strength of the gluing interface between timber and
rod, which is given in DIN EN 1995-1-1/NA [3] as well
as in approvals valid for individual systems (e. g. Z-9.1778 [16]).
Due to reasons of comprehension, verification should
include the diameter hole, as in most cases timber failure
near the drill hole becomes authoritative. In Eq. (13),
however, verification is done with the nominal diameter.
The load capacity of self-tapping screws is limited either
by the withdrawal or the tensile strength of the screw
(see Dietsch and Brandner [17]). The design of screws is
stated in various approvals, e. g. ETA-11/0190 [18]:

ax,d


 l 
 min  ad



0.8
 ρk  


k
ax,d
ax 
 
 350  

tens,d


(14)

where = nominal diameter, lad = effective length, ax,d =
= withdrawal strength of the screw, kax = factor that
considers the angle between screw axis and fibre
direction (for 45 ≤ α ≤ 90 → kax = 1.0), ρk = density of
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the timber element and tens,d = tensile load capacity of
the screw.
Verification of internal reinforcement should be done
according to Eq. (15):

 n

(15)

ax,d

where n = number of fasteners across the beam width. In
longitudinal direction only one fastener may be taken
into account.
According to ON B 1995-1-1 [2] shear and bending
verification following Eq. (6) and (8) are also valid for
beams with reinforced holes, since the described
reinforcement measures are solely regarded for tensile
stresses perpendicular to the grain.
3.3 HOLES REINFORCED WITH INCLINED
STEEL RODS ACC. TO STRAHM 1

Δ

gap length
lef  hd  2

hole

Δ

hef

a1,c

Δ

a1,c
Δ

hole

hef

hole

Δ

hole

or

Moment and shear components can be calculated as
shown in Eq. (16) and (17):

Δ

hole



hole

 τ max  lef  

Another promising technique is presented by Flaig [20].
He considered CLT beams with holes (see Figure 9),
which are known to feature high strengths in tension
perpendicular to the grain due to their lateral layers.
Hence also a high resistance against cracking can be
obtained. Similar to externally applied panels the lateral
layers act as reinforcement for tensile stresses
perpendicular to the grain. Thereby a share of 15 to 20 %
of the total beam thickness is considered sufficient.
t
t
tl t tl tl t tl
hru + 0.15 · hd

cracking

stresses due to
hole and hole
across the missing
cross section

Figure 8: nternal rein orcement ith inclination o
eams ith roun openings ase on trahm

hole

3.4 CLT BEAMS WITH HOLES ACC. TO
FLAIG 2



hrl + 0.15 · hd

hole

a2,c
a2
a2,c



(18)

cracking

hef

Δ

 1

 2

where hef = distance between the upper and lower
crossing points of the steel rods (see Figure 8).
According to Strahm [19] tests on beams with holes
reinforced with inclined glued-in rods showed a
considerable increase in load capacity. For beams with
round holes it was even possible to restore the full shear
capacity. Beams with rectangular holes failed in the
impaired shear field but in contrast to the usually
occurring brittle failure relatively high residual forces
could be observed.

cracking
τmax

hr + 0.15 · hd

hole

hole

virtual
gap

cracking

  hole


 hef

hru

In order to properly redirect stresses from the hole area
to the remaining cross section Strahm [19] used glued-in
rods (see Z-9.1-778 [16]) as “alternative load paths”. In
contrast to standards and guidelines the herein used
internal reinforcements are not only designed for
receiving tensile stresses perpendicular to the grain
resulting from shear loading. Instead they are applied
with an inclination of 45° to fibre direction (see
Figure 8) to optimally redirect stresses due to shear and
moment loading around the hole. Thus an optimal load
path can be accomplished and both tensile and shear
stress concentrations in the critical regions of the hole
can be reduced. The hole depth hd was set to h/2.

t,45

hrl

t,90,d

Within this paper the force to be transferred via the steel
rods was calculated by Eq. (18):

hd3
h3

3 hd
 
2 h

(16)

hole

(17)

where hole = moment and hole = shear force in the
middle of the hole, lef = length across which maximum
shear stresses cannot be transferred and h = beam depth.

Figure 9: C

eam ith opening ase on laig

Flaig [20] investigated rectangular openings in his
studies. According to reported tests the attained load
levels of the conducted experiments were considerably
high and failure partly occurred within zones of the
intact cross section (bending in field range) besides local
shear failure near the hole. In contrast to Strahm [19]
(with spans of about 3.5  h) the used configuration was
not especially designed for shear failure but
predominantly aimed at bending failure (spans of 10  h).
Thereby the stresses were calculated by the following
Equations.
Bending stresses in field range:

σ m,net 

max
net



6

max

 tl  h 2

(19)

where max = maximum moment in field range, net =
= moment of resistance considering only the thickness of
the longitudinal layers tl (see Figure 9, right).

WCTE 2016 e-book | 4502

Bending stresses at hole corners:

σ m,net,hole 

girder



hole

net,girder

net,hole

(20)

Eq. (20) is analogue to Eq. (8), whereby the moments of
resistance
net,hole and
net,girder are calculated by
considering only the thickness of longitudinal layers tl
of the beam. The first term
instead of the width
corresponds to bending stresses due to global moment,
whereas the second term stands for bending stresses due
to secondary moment action (Vierendeel girder).
Tensile stresses within the lateral layers:

σ t,0  kk 

t,90

ar   tt

(21)

where tt = thickness of transversal layers, ar = min{ ;
ar,max}. For ar,max see Figure 7 (left), for kk see Eq. (11)
and for t,90 see Eq. (5).
For the verification of shear stresses five different
components have to be considered: gross shear
(Eq. (22)), net shear (Eq. (23)), shear within the gluing
interface which consists of torsional stresses (Eq. (24))
as well as shear stresses aligned in x- (Eq. (25)) and zdirection (Eq. (26)), respectively. Those components are
calculated for a CLT beam without hole and afterwards
combined with empirically determined factors k1 to k5,
which are valid for rectangular holes and dependent on
the hole dimensions.

3
 k1  k2
2  h   tl

(22)

3
 k3  k4  k5
2  h   tt

(23)

3
1 1 
   3   k1  k2
2
 nCA  m m 

(24)

 xz,gross 
 xz,net 

τ tor 

6
1 
 1
  2  3   k3  k4  k5
τ yx  2
 nCA  m m 
τ yz 

z

 nCA  m

distribution within the cross section in relation to the
shear (not bending) capacity of the unimpaired beam. As
preparation for a successive experimental study
analytical and numerical investigations were conducted
as described in the following sections.
4.1 ANALYTICAL INVESTIGATIONS
Taking into account the size-dependency of shear
strength of GLT defining a so-called reference shear
beam is strongly recommended. Gehri [21] therefore
proposes dimensions in form of h x = 600 x 150 mm
with a shear plane length a (see Figure 10) of 1,050 mm
(1.75 · h). In order to prevent bending failure strength
class GL 32h is used for the investigations.

shear

y
z

where = shear force, h = beam depth, tl = thickness of
longitudinal layers, tt = thickness of transversal layers,
= width of the boards, nCA = number of gluing
interfaces across the beam width, m = number of boards
in vertical direction, z = loads in vertical direction (e. g.
supports or tensile forces near holes), k1 = h / (h – hd),
k2 = 0.381  (m  ld / hd)0.555 ≥ 1.0, k3 = h3 / (h3 – hd3),
k4 = 1 + hd2 / [4  2  (m – 1)] and k5 = 0.791  (m  ld / h)0.494.

4 COMPARATIVE ANALYSIS
In order to investigate unreinforced/reinforced beams
with/without holes under shear load a comparative study
is executed. Therefore the shear test configuration of
Gehri [21] is used to determine load capacity and stress

a = 1.75  h

Figure 10: hear test con iguration accor ing to ehri
inclu ing coor inate system

As a first step the maximum load capacity of a beam
without hole (beam type 1) is estimated according to
Eq. (27):


4

v,mean

3

 h

 448,000 N

(27)

where = 160 mm and h = 600 mm.
Eq. (28) lists two different approaches for estimating the
mean shear strength of GLT, which are proposed in
Gehri [21] and Brandner et al. [22], respectively. As the
results are similar the mean value is set to 3.5 N/mm².
v,mean

(26)

h

a = 1.75  h

max,mean

(25)

=a·

x

 100 


40.2 


-0.28
shear
-0.2
shear


... see  21 
N
  3.50
2
... see  22
mm


(28)

The total beam length is 2,700 mm. In order to secure a
constant distribution of shear stresses over the defined
shear field ( shear) providing fully threaded self-tapping
screws for sufficient load introduction at support and
load application areas is essential. In this case screws
with = 12 mm and l = 400 mm are used for calculation
and modelling.
Within the study seven different types of timber beams
are considered:
1) GLT beam without hole (unimpaired)
2) GLT beam with round hole – unreinforced
3) GLT beam with round hole – internally reinforced,
vertically oriented (90° to fibre direction)
4) GLT beam with round hole – internally reinforced,
inclined (45° to fibre direction)
5) GLT beam with round hole – externally reinforced,
main orientation 90° to fibre direction
6) GLT beam with round hole – externally reinforced,
main orientation 45° to fibre direction
7) CLT beam with round hole
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For types 2 to 7 a round hole with hd = h/2 = 300 mm is
installed, its centre placed within a distance of a/2 =
= 525 mm from the left support. In order to compare
maximum load levels simple analytical estimations are
applied for each beam type considering mean values for
the regarded strength parameters.
B am ty 2 – unr in or d
Due to the absence of reinforcement in case of beam
type 2 failure owing to tensile stresses perpendicular to
the grain can be expected. As mentioned in section 3.1
the formulas given in ON B 1995-1-1 [2] are only valid
for hole depths of up to 15 % of beam depth. However,
the maximum load is estimated following Eq. (1) to (5),
formed to Eq. (29):
max,mean

t,90,mean  0.5  ef  lt,90  k t,90

2

 0.7  hd    3   0.7  hd    0.008  45
 hr  0.15  hd
h2
4  h 

 150,000 N

2



(29)

where t,90,mean = 0.75 N/mm² (assumption: t,90 ~ normal
distribution (ND), coefficient of variation (C = 20 %),
ef = 160 mm, lt,90 = 405 mm, kt,90 = 0.87, hr = 150 mm
and 45 = 525 + 0.35 · 300 = 630 mm (distance between
support and position of the crack at the upper right edge
of the hole).
B am ty 3 – int rnally r in or d,
to rain
As beam type 3 is reinforced with fully threaded, selftapping screws ( = 12 mm, l = 450 mm) perpendicular
to the grain (see Figure 7, right), the maximum load is
calculated following Eq. (30):
max,mean



2

v,mean

   h  hd 
 224,000 N
1.5

(31)

where R1,k = withdrawal resistance and R2,k = tensile
resistance of the rod.
R1,k was calculated considering ρk = 440 kg/m³ and lad =
= 274 mm (see Figure 8). Like for beam type 3 the
maximum load is also calculated without regarding the
strength of the surrounding timber.

2  t,45,mean
 364,000 N
3
3  hd
hole  hd

hef  h3  2 2  h

(32)

B am ty
and – t rnally r in or d
As external reinforcement glued-on spruce plywood
manufactured by Metsä Wood [25] with dimensions of
l x h x tr = 700 x 600 x 21 mm is situated on each side of
the beam. For beam type 5 the top layers are oriented 90°
to fibre direction of the GLT beam especially to carry
tensile stresses perpendicular to the grain. In reference to
beam type 4 the reinforcement panels of beam type 6 are
applied at an angle of 45°, the top layers oriented in the
same direction as the upper right steel rods of beam type
4 as depicted in Figure 8. With this measure a beneficial
load bearing behaviour due to a positive influence on the
shear stress distribution is expected. However, this is not
considered in the estimation of maximum load capacity.
As already mentioned, externally applied panels are not
accounted for in shear or bending verification according
to ON B 1995-1-1 [2]. Within this investigation,
however, they are regarded as part of a composite cross
section considering their shear stiffness in order to
estimate the maximum load level. Therefore the average
shear strength for the combined cross section is
determined following Eq. (33):
v,glt,mean
v,comb,mean

B am ty 4 – int rnally r in or d, 4 to rain
Contrary to Strahm [19] reinforcement is realized with
threaded rods ( = 16 mm, l = 560 mm) of SFS intec (see
[23]) instead of glued-in rods of the GSA system [16].
The tensile capacity of the rod can be taken from [23],
where Rt,k is given by:



where t,45,mean = 2 · Rt,mean, Rt,mean ≈ 75,600 (assumption:
Rt ~ ND, C = 13 %, based on Ringhofer et al. [24]),
hole = distance between support and hole centre, hef =
= distance between upper and lower crossing points of
the threaded rods (see Figure 8).

(30)

Eq. (30) describes the shear capacity of the net cross
section of the beam. As mentioned before factor k (see
Eq. (6)) is adequate for determining shear stress
concentrations at the edges of rectangular holes. For
round holes shear stresses are overestimated – therefore
k is disregarded (also see enBR [5]).
Verification of tensile stresses within the screws
following Eq. (14) and (15) is satisfied.

 R1,k 
59,400
Rt,k  min    min 
  59,400 N
 91,500 
 R2,k 

max,mean




   2  tr 


 2  tr

ply,mean
glt,mean



  3.16 N/mm²

(33)

where ply,mean = mean shear modulus of plywood
(350 N/mm², see [25]), GLT,mean = mean shear modulus
of glued laminated timber GL 32h (650 N/mm², see [26])
and v,GLT,mean = shear strength according to Eq. (28).
The maximum load can be calculated by:
max,mean



2

v,comb,mean

   2  tr    h  hd 
 256,000 N
1.5

(34)

At this load level the verification of tensile stresses
within the panels as well as shear stresses within the
gluing interface according to Eq. (10) and (11) is
satisfied.
B am ty
– CLT
Similar to tests on CLT beams conducted by Flaig [20]
and for optimal comparison to GLT beams with
b = 160 mm as well as to beam types 5 and 6 with
external reinforcement of tr = 20 mm the cross section of
beam type 7 is set to 40/20/40+40/20/40 mm. The board
width is
= 150 mm. In order to ensure proper load
introduction the support and load application areas are
reinforced with additional boards in vertical direction.
The test results reported by Flaig [20] show only two
different failure mechanisms: shear failure in the gluing
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interfaces as well as bending failure near the hole.
Therefore and due to the fact that the higher strength
class of the used material should rule out bending failure
like for the GLT series, the expected failure mechanism
is shear failure within the gluing interface. This implies a
combination of torsional as well as unidirectional shear
stresses in x-direction. The calculations, Eq. (24) and
(25), are given in section 3.4. For verification a linear
interaction of the two shear components is considered.
Thereby strength values of tor,mean = 3.69 N/mm² and
R,mean = 1.58 N/mm² in accordance to Flaig [20] are
used. By transforming the formulas and applying the
appropriate strength values the maximum load can be
determined with max,mean = 292,000 N. In order to
account for stress concentrations near the hole the factors
k1 to k5 are used to estimate the load capacity. As
mentioned before, they are determined for rectangular
openings and therefore may not apply for round ones.
For this reason the herein estimated maximum load level
max,mean might be underestimated.
Other possible failure mechanisms like e. g.
 bending in field range / hole area,
 tensile stresses within transversal layers in hole area,
 compressive stresses within transversal layers,
 shear stresses within gluing interfaces and
 shear stresses within gross or net cross sections
have also been investigated and were found not being
decisive.
4.2 NUMERICAL INVESTIGATIONS
Finite element modelling was carried out with RFEM
(Version 5.04.0024) [27]. The GLT beams were assigned
with orthotropic material properties of GL 32h and linear
elastic material behaviour was assumed. For beam types
1 to 4 2D models are considered accurate as there is no
variation in thickness direction. Internal reinforcement
was embedded rigidly and modelled with an equivalent
diameter according to Eq. (35) so the 2D model would
suffice as well.
eq

  2

(35)

For modelling of both, the self-tapping screws and
threaded rods, material strength 8.8 was applied, where
the characteristic yield point and the characteristic
tensile strength are y,k = 640 N/mm² and u,k =
= 800 N/mm², respectively. The assumed material
behaviour was isotropic and linear elastic.
For beam types 5 and 6 modelling was carried out with
the RFEM add-on RF-LAMINATE [28]. In case of
beam type 7 (CLT) a 3D model was applied, since there
are various specifications that cannot be captured solely
by arranging several adjacent layers with RFLAMINATE. In order to simulate boards without edge
bonding and prevent the transmission of shear forces via
the edges a small gap of 1 mm was provided between
adjacent boards of each layer.
For all seven series a single load of
= 150 kN was
applied at mid-span.

RESULTS
.1 ESTIMATED LOAD CAPACITIES
The calculated load levels of the various beam types are
summarized in Table 1. Depending on the beam type
different failure mechanisms are anticipated.
Table 1: Calculated load levels of investigated beam types in
percent of the load capacity of an unimpaired beam

beam type
1) GLT, unimpaired
2) GLT, unreinforced
3) GLT, internal, vertical
4) GLT, internal, with inclination
5) & 6) GLT, external
7) CLT

load capacity
100 %
33 %
50 %
81 %
57 %
65 %

Naturally, the optimum (100 %) is represented by beam
type 1, where shear failure is expected. Beams with
unreinforced holes are supposed to reach only one third
of the capacity of beam type 1. With reinforcements
according to standards values of 50 % (internal) and
57 % (external) of the full capacity are assumed. The
value 65 % of CLT is strongly dependent on the failure
mechanism, which cannot be predicted with certainty.
Besides, due to the application of values k1 to k5, valid
for rectangular holes, the maximum load is probably
underestimated. In opposition to tests with inclined
glued-in rods conducted by Strahm [19] Table 1
indicates that the full shear capacity of a beam without
hole cannot be restored by means of threaded rods with
an inclination of 45°. However, a significant increase
compared to beam types 2 and 3 is registered.
.2 STRESS DISTRIBUTION REDUCTION
WITHIN THE HOLE AREAS
With the conducted finite element study the reduction of
shear and tensile stresses perpendicular to the grain of
different reinforcement methods can be displayed.
Maximum stresses mostly occur for beam type 2
(unreinforced). Consequently, the stresses of other series
are displayed in relation to σz,2,max and τxz,2,max of the
individual intersections. In case of beam type 7 (CLT)
the stresses are evaluated at mid-board (y = 0.02 m) of
one of the internal longitudinal layers (see Figure 13).
Figure 11 shows the tensile stresses in the critical area
around the hole. For all five reinforcement methods a
stress reduction can be observed. By means of vertical
reinforcement tensile stresses at φ = 45 can be reduced
by only 8 %, whereas inclined threaded rods reduce
stresses by 62 %. With a similar stress distribution and
stress reduction of 62 % as well, external reinforcement
of beam type 6 (with main orientation of 45°) is rather
alike beam type 4. External reinforcement with top
layers in vertical direction holds the largest stress
decrease of 78 %. With beam type 7 (CLT) the stress
concentrations at φ = 45 are lessened by 41 %.
However, larger values at the contact zones of lateral and
longitudinal layers can be expected. At the right edge
(Figure 11, right) the same order can be observed for
different beam types and corresponding stress values.
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0.5

-0.30

σz,i
σz,2,max [-]

y = 0.04 m

1.0

-0.15

depend on the position of the regarded intersection,
depicted in Figure 13 (right).
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-1.0
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-0.30

-0.5

-1.0
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Shear stresses within the hole area are depicted in
Figure 12. For beams with internal, vertical
reinforcement no notable shear stress reduction can be
observed, neither at mid-hole nor at φ = 45 . The best
results with stress reduction of about 50 % are attained
with internal or external reinforcements where the
(main) orientation is 45° to beam axis (beam types 4 and
6). At the intersection where φ = 45 inclined internal
threaded rods show advantages compared to externally
glued-on panels, at mid-hole stresses of the latter are
slightly lower. Shear stresses of externally glued-on
plywood where the main orientation is 90° to beam axis
(beam type 5) are, similar to CLT beams, decreased by
about 30 %. Contrary to the first the peak of shear
stresses in CLT beams lies approximately at the
centroidal axis of the upper and lower longitudinal
boards. Despite the moderate stress values of beam type
5 significant concentrations (at φ = 45 ) as they also
arise in unreinforced and vertically reinforced beams (2
and 3), even slightly higher, can be noticed.

3) internal 90
4) internal 45

5) external 90
6) external 45

7) CLT

Figure 12: hear stresses o eam types to su ject to the
maximum stresses τ ,ma o eam type at mi -hole le t an
at φ
right

Figure 13 displays shear and tensile stresses
perpendicular to the grain within an internal longitudinal
layer of beam type 7. As demonstrated stresses strongly

y

3.0

1.5

0.30 z [m]

-1.5

0.30 z [m]

-3.0

φ = 45

x

τxz,i

τxz,y=0,02,max [-]
σz,i
σz,y=0,02,max [-]

z
0.15

z [m] 0.30

τxz,y=0.00
τxz,y=0.02
τxz,y=0.04

σz,y=0.00
σz,y=0.02
σz,y=0.04

Figure 13: tress istri ution at φ
ithin an internal
longitu inal layer o eam type at i erent intersections
y
le t position o the regar e
intersections right

Naturally stress distributions are rather moderate the
closer they are to the symmetry axis of the beam (y =
= 0.00 m), whereas near the adjacent transversal layer
(y = 0.40 m) considerable stress concentrations can be
noticed.

SUMMARY, CONCLUSIONS AND
OUTLOOK
Within this study new reinforcement concepts for beams
with large round holes divergent to those in valid
standards have been investigated. The conducted
analytical and numerical studies show that a significant
reduction of shear and tensile stresses in the critical areas
is possible and high efficiency of the applied
reinforcements together with a considerable increase of
the load bearing capacity can be achieved. Especially
beams with holes reinforced with inclined threaded rods
show promising results, even if restoring the full shear
capacity of a beam without hole was not accomplished.
However, due to assumptions and simplifications the
results of analytical and numerical studies are afflicted
with uncertainties. For verification of the calculated
maximum load levels and the assumed failure criteria
tests on each of the investigated beam types are
scheduled. The applied test configuration will be the
same as described in section 4 – the shear test
configuration of Gehri [21] with unchanged dimensions
of h x x l = 600 x 160 x 2,700 mm. The material will
be industrially produced GLT of spruce and strength
class GL 32h. In addition, one series will be laboratory
produced CLT of the same producer and comparable
quality. Each series will contain five specimens.
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EVALUATION OF EFFECTIVE FLANGE WIDTH IN THE
CLT COMPOSITE T-BEAMS
Reza Masoudnia1, Ashkan Hashemi2, Pierre Quenneville3

ABSTRACT:
This paper deals with the behaviour of CLT composite T-beams composed of a Cross Laminated Timber (CLT) acting
as panel attached to a Glulam (GL) girder. The paper investigates the effect of the configuration of the CLT panel and
GL beam on the effective flange width of the CLT composite T-beams. When the CLT composite T-beams are
subjected to positive bending, a part of the CLT panel acts as the flange for the GL girder to resist compression. From
shear lag assumption, the compressive stress in the flange varies as the distance from the GL girder web changes. When
the spacing between the GL girders increases, the stress in the flange right above the web increases with a higher rate
than the rate in the extremities. Despite the large number of studies about design of steel-concrete composite structures,
there has not been comprehensive research on timber structures. In the presented study, a finite element (FE) model
which is experimentally verified is used to analyse the CLT composite T-beams and numerically obtained effective
flange width sizes are presented by tables, bar charts and normal stress distribution figures. Based upon a detailed
parametric study, it is concluded that the layer arrangement of the CLT panels and its material properties have a
significant influence on the effective flange width of the CLT composite T-beams. Any changes that increase the ratio
of the transverse layer’s depth to the longitudinal layer’s depth result in an increase of the effective flange width.
KEYWORDS: Timber, composite beam, CLT, GL, shear lag, effective flange width

1

INTRODUCTION 123

The modelling of the CLT composite T-beam that made
up of a Cross Laminated Timber (CLT) acting as panel
attached to a Glulam (GL) girder by self-taping screws
combines many of the encountered challenges in the
analysis and design of timber structures. In a CLT
composite T-beam, the CLT panel works as a flange
under bending in the CLT composite T-beam [1-3].
Using simple beam theory leads to inaccurate results for
stresses and strains in the contact surface of the
composite beam. This is mainly because the simple
beam theory does not take the shear lag phenomena into
account [4]. Determination of the effective flange width
directly affects the moments, shear forces, and
deflections for the composite section. Thus, accurate
1

Reza Masoudnia, University of Auckland, Department of
Civil and Environmental Engineering, Auckland, New
Zealand. Email: rmas551@aucklanduni.ac.nz
2
Ashkan Hashemi, University of Auckland, Department of
Civil and Environmental Engineering, Auckland, New
Zealand. Email: ahas439@aucklanduni.ac.nz
3
Pierre Quenneville, University of Auckland, Department of
Civil and Environmental Engineering, Auckland, New
Zealand. Email: p.quenneville@aucklanduni.ac.nz

evaluation of the effective width flange significantly
contributes to the more efficient and economical beam
design. Many theoretical and experimental studies have
been conducted to assess the behaviour and calculate the
size of the effective flange of the composite beams.
Various research formulas have been recommended by
three generation of scholars to calculate the effective
flange width which are summarised in Table 1[4-7].
Table 1. Effective width formulas [4-6,8].

f
2δ[(H/i)2 − 1]
2L
2λ =
π[3 + 2ν − ν2 ]

Miller

λ=

Timoshenko
Chiewanchakorn

beff =

Cslab
F

=

Cslab

0.5tslab (σmax +σmin )

(Eq.1)
(Eq.2)
(Eq.3)

f=Area of steel block
δ=plate thickness
H=distance from plane of plate to centre of gravity of steel beam
i=Radius of gyration
L=span of composite beam
ν=Poison’s ratio
F= force per unit slab width
Cslab= slab compressive force
λ= Effective width measured on one side of the plane of symmetry

In steel-concrete composite sections, the effective flange
width concept has been used widely in international
design specifications, such as AISC (LRFD:13.1), the
Canadian code (CSA: S17.4) and the European code
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(2000). Interestingly, in all of them, the shear lag effect
is taken into account. Simplified effective flange width
formulas are summarized in Table 2 [4-6].
Despite the large number of studies in regard to steelconcrete composite structures, there is still a lack of data
about the effective flange width of timber beams. Based
on the aforementioned problem, the objective of this
study is to investigate the effective flange width of the
CLT composite T-beam under positive bending.

and σ(Lm min CLT panel) are respectively the
maximum and minimum compressive stresses in each
longitudinal layer. The associated concept is illustrated
in Figure 1.

CLT panel)

Table 2. Effective width be formulas for steel-concrete
beams in various design codes [4-6, 17-20].
Source

Formulas

AISC-LRFD:13.1

CANADIAN
CSA: S17.4 &
Euro code(2000)

be is least of:
(1) Beam span/4
(2) bs
(3) 2 times distance to edge of slab

be is least of:
(1) Beam span/4
(2) bs
be is least of:
(1) Beam span/4
(2) bw+16hf
(3) Centre to centre spacing of beams

ACI

be: effective width of concrete flange of composite beam.
bs: width of concrete flange of composite beam.
hf: thickness of flange.
bw: breadth of web

2

METHODOLOGY

In order to develop the effective width section, a
numerical model of a CLT composite T-beam assembly
was analysed. This model was further validated with
result of deformation, slip and effective flange width
obtained from the experimental testing of a CLT
composite T-beam under a point load.
The validated model was then used to determine the
normal stresses in the CLT panel longitudinal boards.
These stresses were used to determine the effective
width of the CLT panel in the CLT composite beam.
Equation 4 presents the formula for the effective width
flange found in the experimental and numerical results.
This formula is inspired by the one that
Chiewanichakorn has previously proposed for steelconcrete T-beams. This formula requires the stresses in
the layers within the CLT panel as input to be able to
evaluate the effective flange width [12,13].

1

beff = × ∑𝑚
1
m

⎧
⎪
⎪
⎨
⎪
⎪
⎩

CLm CLT panel
0.5×tLm CLT panel ×�σLm max CLT panel +σLm min CLT panel �

𝑚 = 𝑜𝑑𝑑 𝑙𝑎𝑦𝑒𝑟
0
m = even layer

(𝐸𝑞. 4)

Where m is the number of layers which starts from the
first outer layer and it is indicated for all layers
regardless of their orientation (longitudinal or
transverse). CLm CLT panel is the total compressive force of
each longitudinal layer, tLm CLT panel is the thickness of
each CLT longitudinal layer in compression and σ(Lm max

Figure 1. Effective flange width definition in CLT
composite T-beam [7].

3

TEST SET-UP

Planning and gluing of the 5 pieces of Laminated Veneer
Lumber (LVL) to build a larger section and the
predrilling and screwing of the CLT panel and finally the
fabrication of the CLT-LVL T-beam took a significant
portion of the preparation time for the full scale
experimental test. As Figure 2 shows, a five layer CLT
slab with 2000 mm width, 200 mm depth and 6000 mm
length was fastened to a LVL beam with 300 × 605 mm
area section by 48 self-tapping screws.
To monitor the vertical deflections at the mid span, the
beam rotations at the supports of and the stresses on the
two surfaces of CLT panel, 3 linear variable differential
transducers (LVDTs) and 45 portal gauges were installed
(Figure 3).
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4

MATERIAL PROPERTIES

The experimental proposed CLT composite T-beam is
comprised of two common engineered wood products:
CLT (Figure 4a) and LVL (Figure 4c) for experimental
test and verification study. Once the numerical model
was validated using experimental results, the effective
width was studied using a CLT-GL composite beam.
The material characteristics used for modelling of CLT,
LVL and GL are presented in Table 3 [7,9-11].

(e)
(f)
(b)

Table 3. Material properties of the GL, LVL and CLT
[7,9-11].

(d)
(b)

E=Modulus of Elasticity (N/mm2)
ν=Poison’s ratio

(a)

(b)

(b)

(g)
(c)
(a)
Figure 2. The CLT composite T-beam test set-up. (a)
The CLT panel, (b) LVDT (c) Roller support, (d) Portal
gauges, (e) MTS Machine, (f) Data acquisition system,
(g) LVL beam.

(b)

(c)

Figure 4. Engineered Wood products: (a) CLT panel (b)
GL beam (c) LVL beam.

5

FINITE ELEMENT ANALYSIS

The ABAQUS software package version 6.13-3 was
chosen to evaluate the stresses in a simply supported
CLT composite T-beam. A 3D sketch and a typical finite
element mesh are shown in Figure 5. A 8-noded element
in ABAQUS (C3D8R) which is a linear 3D solid
element with appropriate mesh was adopted for the Tbeam with the actual geometry [14,15]. The FE model
was also used to investigate the effect of the arrangement
of the longitudinal and transverse layers with two
different material properties on the effective width
flange. The hinge-roller boundary supporting conditions
were modelled by restraining the nodes corresponding to
the support points. An incremental single point-load over
the top surface of the CLT panel was applied with an
initial increment of 1 N in the negative Y direction
(Figure 5) [16, 21].

Figure 3.Arrangement of portal gauges on the surface of
the CLT panel.
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5.1
(b)

(b)

VERIFICATION STUDY

The mid-span deflection of the CLT composite T-beam
which comprised of the CLT and LVL in the FE model
under single point load was compared to the
corresponding experimental test result. The results
confirm that the FE model is accurate enough for
prediction of the mid-span deflection (Table 4). To
increase the accuracy of the FE model, the LVL beam
and the CLT panel have been tested separately and
obtained results listed in table 4 are used for the FE
model. Another factor that can significantly affect the FE
results is the slip between the panel and the beam. These
two structural elements are connected in a manner that
the resulting composite beam is stronger than the
components working together but independently.
Therefore, the material properties of each constituent
timber product can be exploited more efficiently. The
slip obtained from the FE model and the slips measured
in the experimental test have been recorded by 4 LVDTs
and are summarized in Table 5. It can be seen that the
difference between the numerical and experimental
results is within an acceptable range which readily
demonstrates the accuracy of the FE model.
Table 4. Comparison of the mid-span deflection results.

(a)

Test Specimen

W(mm)×T(mm)×L(mm)

CLT
LVL
CLT composite T-beam

2030×200×6000
300×605×6000
CLT+LVL

W: Width (mm).

(a)
Figure 5.Typical boundary conditions and finite element
mesh used in this study: (a) FE model boundary
conditions (Load and support) (b) FE mesh.
The elastic modulus and Poisson’s ratio used in the
ABAQUS model are presented in Table 3. Figure 6
schematically describes the stress-strain relationship for
the materials that were used in the finite element model.
Once can note that the finite element analysis was
limited to the elastic domain.

Deflection
Experimental
17.9 mm*
3.1 mm*
1.8 mm**

Deflection
Numerical
17.9 mm
3.1 mm
1.7 mm

T:Thickness (mm).
L: Length (mm).
* Deflection under 50 kN four points loading test.
** Deflection under 50 kN single points loading test.

Table 5. Comparison of experimental and FE slip results
under 50 kN load.
Position of LVDT
At the mid-span
1 m from mid-span
2 m from mid-span
3 m from mid-span

Slip (mm)
Experimental
0**
0.056**
0.084**
0.121**

** Deflection under 50 kN single points loading test.

Slip (mm)
Numerical
0
0.055
0.085
0.122

The numerical model was used to predict the size of the
effective flange width. The length of portal gauges used
in the experimental test to measure the stresses is 250
mm. This length is equal to the length of eleven elements
in a row in the FE model. Therefore, the average normal
stress of eleven elements in the FE model can be
compared to the corresponding experimental result.
Table 6 summarises the calculated effective flange
widths from the FE model and from the test. It can be
seen that the difference is less than 2% which validated
the accuracy of the FE model. Therefore, the FE model
has been used for further parametric investigations on
the CLT composite T-beams.
Figure 6. Stress-strain curve for timber [10].
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Table 6. Comparison of the experimental and the
numerical results for the effective flange width.
Effective flange width
Effective flange width
(Experimental)
(Numerical)
980 mm**
995 mm
** Deflection under 50 kN single points loading test.

5.2

T-beams. The wider normal stress distribution (Figure 9)
confirms that the higher ratio of transverse layer’s depth
over the longitudinal layer’s depth combined with higher
elastic modulus leads to a considerable improvement in
the size of the effective flange width (Specimen No.1
and Specimen No.4 in Table 7).

PARAMETRIC STUDY

To investigate the effect of the layer arrangement on the
effective flange width of a CLT composite T-beam that
is made up of a CLT panel and a GL beam, a series of
finite element models were developed and analysed. In
all simulations, a five layer CLT panel with varying
layer thicknesses are modelled. Furthermore, two
conventional elastic modulus (8 GPa and 6 GPa) were
considered in the models to study the influence of
material properties of the boards on the effective flange
width.
Figure 7 illustrates the effect of different thicknesses for
transverse layers on effective flange widths in simply
supported 6 m long beams under single vertical load. It
can be seen that an increase in the transverse layer’s
depth over the longitudinal layer’s depth leads to a
significant rise in the effective flange width. For
instance, when 40 mm longitudinal layers are replaced
by 20 mm thick layers, the effective flange width
increases about 2.5 times (Specimens No.1 and
Specimens No.4 in Table 7).
Furthermore, the effect of the modulus of elasticity of
the CLT timber boards on the effective flange width was
investigated and the corresponding values are presented
in Figure 8 and Table 7. Figure 8 shows the effective
flange width generally raises about 5% when the elastic
modulus of the boards is increased from 6 GPa to 8 GPa.
For instance, when the modulus of elasticity of the CLT
panel is increased from 6 GPa (Specimen No.4 in Table
7 & Figure 8) to 8 GPa, (Specimen No.8 in Table 7 &
Figure 8), the effective flange width increase from 1760
mm to 1830 mm.

No.1
No.5

No.2
No.6

No.4
No.8

No.3
No.7

Figure 8. Effect of CLT panel’s material properties on
the effective flange width.

Table 7 summarizes the geometrical specification of the
CLT composite T-beams and the numerically obtained
effective width. These results are derived from 25 finite
element models. The CLT composite T-beams are
comprised of a GL beam with an elastic modulus of 12
GPa and CLT panels which are made up of boards with
8 GPa and 6 GPa with various layer arrangements. In the
model, the panel and the beam are connected together by
48 embedded bar elements to represent the screwed
connection.

No.4

No.1
No.3
No.2
Figure 7. Effect of transverse layer thickness on effective
flange width.
Figure 9 compares the normal stress distribution in the
top surface of the two modelled timber CLT composite

40mm – E=8 GPa
40mm – E=8 GPa
40mm – E=8 GPa
40mm – E=8 GPa
40mm – E=8 GPa

No.1

20mm – E=8 GPa
40mm – E=8 GPa
20mm – E=8 GPa
40mm – E=8 GPa
20mm – E=8 GPa

No.4

Figure 9. Comparing the normal stress (S33)
distribution patterns of the CLT composite T-beams in
the longitudinal direction (Top view) (Unit is N/mm2) to
consider the effect of longitudinal and transverse layers
thicknesses.
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Moreover, six more CLT composite T-beams were
considered individually to investigate the effect of an
increase in the thickness of each layer within the CLT on
the effective flange width. The reference CLT composite

T-beam model was constructed using a GL beam with a
630 mm depth and 180 mm width and a five layer CLT
panel with 20 mm thick boards (Specimen No.3 in
Table7).

Table 7. Specifications and effective width flange of the CLT composite beams.
No
CLT (mm)
CLT (GPa)
GL(mm)
GL MoE
W×T1×L
EL1,EL2,EL3,EL4,EL5
W×T×L
(GPa)
1
2
3
4
5
6
7
8
9
10
11
12
13
14
15
16
17
18
19
20
1

2000×200×6000
2000×(40+40+40+40+40)1×6000
2000×160×6000
2000×(40+20+40+20+40)×6000
2000×100×6000
2000×(20+20+20+20+20)×6000
2000×140×6000
2000×(20+40+20+40+20)×6000
2000×200×6000
2000×(40+40+40+40+40)×6000
2000×160×6000
2000×(40+20+40+20+40)×6000
2000×100×6000
2000×(20+20+20+20+20)×6000
2000×140×6000
2000×(20+40+20+40+20)×6000
2000×140×6000
2000×(40+20+20+20+20)×6000
2000×140×6000
2000×(20+40+20+20+20)×6000
2000×140×6000
2000×(20+20+40+20+20)×6000
2000×140×6000
2000×(20+20+20+40+20)×6000
2000×140×6000
2000×(20+20+20+20+40)×6000
2000×200×6000
2000×(20+40+40+40+40)×6000
2000×200×600
2000×(40+20+40+40+40)×6000
2000×200×6000
2000×(40+40+20+40+40)×6000
2000×200×6000
2000×(40+40+40+20+40)×6000
2000×200×6000
2000×(40+40+40+40+20)×6000
2000×200×6000
2000×(40+40+40+40+40)×6000
2000×200×6000
2000×(40+40+40+40+40)×6000

Predicted effective
width flange (mm)

8,8,8,8,82

180×630×6000

12

670

8,8,8,8,8

180×630×6000

12

340

8,8,8,8,8

180×630×6000

12

935

8,8,8,8,8

180×630×6000

12

1830

6,6,6,6,6

180×630×6000

12

640

6,6,6,6,6

180×630×6000

12

320

6,6,6,6,6

180×630×6000

12

895

6,6,6,6,6

180×630×6000

12

1760

8,8,8,8,8

180×630×6000

12

900

8,8,8,8,8

180×630×6000

12

985

8,8,8,8,8

180×630×6000

12

880

8,8,8,8,8

180×630×6000

12

1030

8,8,8,8,8

180×630×6000

12

870

8,8,8,8,8

180×630×6000

12

655

8,8,8,8,8

180×630×6000

12

635

8,8,8,8,8

180×630×6000

12

710

8,8,8,8,8

180×630×6000

12

615

8,8,8,8,8

180×630×6000

12

715

8,6,8,6,8

180×630×6000

12

680

6,8,6,8,6

180×630×6000

12

725

the numbers in the bracket are the individual CLT layers thicknesses.
the five numbers are the E modulus of each CLT layers.
MoE & E are Modules of Elasticity (Unit is GPa)
2

Figure 10 shows that when the thickness of each
transverse layers increases, the effective flange width
increases, respectively. However, this increase in the
thickness of the longitudinal layers has a reverse effect
on the effective flange width of the CLT composite Tbeams. The maximum variation is observed between
specimen 12 and 13 when the thickness of the bottom
transverse layer and the bottom longitudinal are
respectively changed from 20 mm to 40 mm. The
increase in the effective flange width of specimen 12 is
16%.

Another six CLT composite T-beams were modelled to
consider the effect of thickness reduction in each layer of
CLT on the effective flange width. The results in Figure
11 indicate that the effective flange width declines when
the thickness of each transverse layer in CLT panel
decreases. For example, in the sample made up of a five
layer CLT panel with 40mm thick boards (Specimen
No.1 in Table 7), the effective flange width size dropped
by 35 mm (Specimen No.15 in Table 7); and
accordingly, a drop of 55 mm (Specimen No.17 in Table
7) is observed when the thickness of the top or bottom
transverse layers decreases by 20 mm.
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Moreover, to consider the effect of different material
properties of the longitudinal and transvers layers in the
CLT panel on the effective flange width, two timber Tbeams made of CLT panels that have been constructed
with two different elastic modulus have been compared.
The first beam is made up of a five layers CLT panel
consisting of 40 mm longitudinal layers with a modulus
of elasticity of 8 GPa and 40 mm transverse layers with a
modulus of elasticity 6 GPa. Figure 12 shows that when
the arrangement of the layers is reversed, the effective
flange width increases 45 mm (Specimen No.19 and
Specimen No.20 in Table 7). This confirms that the
material properties of the transverse layers in the CLT
panels play an important role in determining the
effective flange width in the CLT composite T-beams.

composite T-beams for a 6 m span. Option 2 consists of
a 200 mm thick panel and a GL beam which have been
designed neglecting the composite action and option 1 is
made up of same elements yet designed as fully
composite. The results show that the bending stiffness of
option 1 is three times more than that of option 2. It can
be seen that a relatively large CLT panel is required for
option 2 to provide a same bending stiffness as option 1.
These results confirm that taking the composite action
into account significantly reduces the CLT material
consumption and also the GL beam size.

40mm – E=8 GPa
40mm – E=6 GPa
40mm – E=8 GPa
40mm – E=6 GPa
40mm – E=8 GPa

No.3

No.9

No.10

No.11

No.12

No.19

No.13

Figure 10. Effect of the thickness increase of each layer
on the effective width flange. Only the highlighted layer
thickness is changed from 20 mm to 40 mm.

40mm – E=6 GPa
40mm – E=8 GPa
40mm – E=6 GPa
40mm – E=8 GPa
40mm – E=6 GPa

No.20

Figure 12. Comparing the normal stress (S33)
distribution patterns of the CLT composite T-beams in
the longitudinal direction (Top view) (Unit is N/mm2) to
consider the effect of longitudinal and transverse layers
material properties.

Option 1
No.1

No.14

No.15

No.16

No.17

Option 2

No.18

Figure 11. Effect of the thickness decrease of each layer
on the effective width flange. Only the highlighted layer
thickness is changed from 40 mm to 20 mm.
In timber buildings, the effective flange width
significantly affects the design and consequently the size
of structural members. Figure 13 compares the bending
stiffness and material consumption in two different CLT-

Figure 13. Effect of composite action on EI value of the
CLT composite T-beams.

6

CONCLUSION

A detailed numerical model of a CLT composite T-beam
with realistic geometric and material properties was
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developed to estimate the effective flange width. The
accuracy of the numerical model was validated by
comparing the experimental values and numerical
predictions of the mid-span deflection, effective width
flange and the slip between the panel and the beam.
Agreement between the numerical and experimental
results has provided the foundation for further
parametric investigations. The effective flange width of
various CLT composite T-beams was studied by
considering various arrangements, number of layers,
thicknesses and modulus of elasticity of the CLT boards
in the numerical model. It has been shown that the
effective flange width increases with any changes that
lead to an increase in the ratio of the transverse layer’s
depth to the longitudinal layer’s depth. Also, the use of
CLT panels with higher modulus of elasticity in the
composite T-beams slightly improves the effective
flange width. The most significant improvement in
effective flange width was observed in the CLT
composite T-beams that used a CLT panel with a
maximum ratio of the transverse layer’s depth to the
longitudinal layer’s depth and a higher modulus of
elasticity of the bottom transverse layer. Finally, the
results indicate that considering the full composite action
in design of the CLT composite T-beams remarkably
decreases the required material and related costs.
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Dynamic characteristics of glulam beam and deck-element floors
Mohammad Mehdi Ebadi1, Ghasan Doudak2, Ian Smith3
ABSTRACT: Low amplitude cyclic vertical motions of flat floors that humans find unacceptable are commonly caused
by impacts resulting from their own activities or those of other people. It is therefore a goal of engineering design to
identify and avoid construction methods prone to creation of motions that make floors unserviceable for an intended
type of building occupancy. In some instances use of engineered wood products as construction materials results in
floors having unacceptable vibration performances. Usually this is because floors exhibit modal frequencies and mode
shapes that cause human perceptory organs to resonate or accelerate. This paper addresses vibration response
characteristics of one-way spanning floors constructed using widely spaced glulam beams and transverse glulam deck
elements. The vehicles for gaining understanding of such systems are experiments and finite element models.

KEYWORDS: Finite Element model, Massive timber floor, Operational Modal Analysis (OMA), Parametric study.

1 INTRODUCTION 123
Traditionally timber building superstructures have been
constructed mostly using what are termed light-wood
framing and heavy-timber framing methods. Such
systems have been used to create low-rise buildings
having up to six and ten above ground storeys
respectively, with the maximum height of 49m [1].
Taller timber building superstructures have been
constructed but not as multi-storey systems (e.g. airship
hangers, churches). Future use of timber will
undoubtedly include employing it as lightweight floors
of high-rise multi-storey buildings having shear walls
and structural frameworks made from various materials.
Attractiveness of lightweight floors is that they help
minimise foundation and superstructure costs [1]. One
realisation of this is using massive timber slabs with or
without stiffening ribs placed on flat to achieve long
span floors. Such floors must functional structurally and
as separation layers between vertically adjacent building
occupancy or sub-occupancy spaces.
As is well known, vibration serviceability performance
problems can be a defining consideration in design of
light-weight floors of any type, due to their low mass to
stiffness ratios [2]. There exists no generally applicable
way of performing engineering vibration serviceability
design of light-weight floors. However, engineers do
have available a range of recommended design criteria
applicable in particular situations [2]. Traditional design
1
Mohammad Mehdi Ebadi, University of Ottawa, Canada
mebad063@uottawa.ca
2
Ghasan doudak, University of Ottawa, Canada
gdoudak@uottawa.ca
3
Ian Smith, University of New Brunswick, Canada,
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criteria for timber floors aimed at limiting the maximum
deflection of the floor under a uniform distributed load.
That method was not aimed specifically at addressing
vibration serviceability, but instead was regarded as a
remedy for a range of potential poor performance issues.
However, with introduction of modern timber
construction materials and methods that approach proved
insufficient in terms of ensuring acceptable vibration
serviceability performance. Consequently various
alternative design approaches have been suggested by
researchers from around the world in recent decades [3].
Canadian researchers Onysko et al. [4] proposed a
criterion based on limiting the maximum deflection of a
floor under 1kN point load (d1). According to the
authors, d1 should not exceed 2mm for joisted timber
floors having spans less than 3m. For similar floors with
spans between 3m to 6m they proposed use of the
following equation, wherein L is the floor span:
8
d1  1.3
(1)
L
Those suggested limitations were based on field surveys
wherein building occupants were asked to subjectively
rate the acceptability of floors. Afterward the researchers
correlated subjective assessments with easily estimated
engineering parameters, leading to choice of d1.
Dolan et al. [5] from the United States of America
proposed placing limits on acceptable fundamental
natural frequencies of joisted floors. The authors
proposed lower bound frequency limits of 15Hz and
14Hz applicable to unoccupied and occupied floors
respectively. Again the limitations were based on
subjective assessment of floor performances and wish to
use an easily estimated engineering parameter.
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Other Canadian researchers Hu and Chui [6] suggested
another subjectively based criterion for joisted floors that
considers both d1 and f1 (fundamental natural frequency):
f1
(2)
 18.7
d10.44
Based on research in the United Kingdom, Smith and
Chui [7] proposed design criterion which limits f1 and the
weighted root-mean-square acceleration (ARMS) under a
defined impact. Suggested limitations for joisted timber
floors were f1 > 8Hz and ARMS ≤ 0.45m/s2. Swedish
researcher Ohlsson [8] suggested a three-criteria based
approach for controlling the vibration performance of
light weight joist floors. This involves consideration of
d1, f1 and the peak unit impulse velocity caused by an
ideal unit impulse (1Ns) of a floor. Approaches of both
Smith and Chui, and Ohlsson are aimed at relating floor
responses to physical sensations that building occupants
will feel during normal activities inside those buildings.
More recently a Maximum Transient Vibration Value
(MTVV) has been suggested by Swedish researchers
Negreira et al. [3] to indicate the acceptability of floor
vibrations. This approach also has the objective of
evaluating how floor motions produced by impacts will
affect building occupants.
Negreira et al. [3] concluded methods suggested by
Eurocode5 [9] and Hu and Chui [6] are relatively
reliable in terms of comparability with their MTVV
based evaluations of selected floors. However, this does
not agree with that of Weckendorf et al. [2] who carried
out a holistic evaluation of various proposed design
methods. The authors concluded that no single existing
design criteria is reliable, reflecting that irrespective of
their basis they all are calibrated on some way to
particular application scenarios [2]. Whether one is
robustly better than alternative approaches has not yet
been fully addressed by experts.
It is not possible to mention here all design methods
proposed in literature. Those methods discussed here are
however indicative of the diversity that exists in terms of
complexity and basis. A broadly correct assertion seem
to be that in order to carry out reliable vibration
serviceability design engineers require to have capability
to reliably estimate d1, f1 and at least a number of other
relatively low order modal frequencies [2,4,7-9].
Complexities in how timber floors are built include
presence of construction gaps and joints in subflooring,
orthotropic properties of timber materials, semi rigid
connections between subfloor and beams (when present),
and partial fixities at supports. This makes it difficult to
accurately model those floors for the purposes of
estimating d1 and modal frequencies. Various analytical
methods have been employed for floors of various types.
Closed form solutions have been developed but their use
is limited because of necessity they employ
approximations that often cannot reasonably be expected
to capture geometric of other features of real floors. For
this reason modern focus has been on numerical models
that can reflect geometry and other features in accurate
ways.

Filiatrault et al. [10] used finite strip models to predict
modal frequencies of light weight joisted floors. They
neglected effects of shear deformation and rotary inertia,
which they justified based on parametric sensitivity
analyses. This reflected that their model was only
intended to be used to predict responses of floors with
shallow joists. Smith et al. [11] did take into account
shear deformation and rotary inertia of joists, reflecting
that they intended their methods to apply to floors with
deep or shallow joists. Implementation was via a modal
synthesis analysis technique, which has the advantage
that the total mode shape of an entire structural system
can be obtained by synthesis of mode shapes for its
substructures. Jiang et al. [12] developed a finite element
model for joisted floors based on using the general
purpose finite element software VAST to predict the
static and dynamic responses of particular floors. Shell
elements were used to model floor sheathing and beam
elements to model joists and lateral bridging elements
between them. Two node and four node connector
elements were developed to interconnect the bridging to
joists elements, and sheathing to joist elements,
respectively. Effect of shear deformation, rotary inertia
and gaps between subfloor elements were considered. As
this brief review indicates the literature on static and
dynamic analysis of timber floors is mostly focused on
performance of lightweight floors with joists.
This paper addresses the vibration response
characteristics of one-way spanning floors constructed
using widely spaced glulam beams and transverse
glulam deck elements (Figure 1). The goal is to support
application of vibration serviceability design criteria (i.e.
not create them). More specifically the intent is to
determine engineering design variables that influence
static deflection (d1) modal response parameters of the
particular type of floors. Vehicles for this are full-scale
floor tests and verified finite element (FE) models. The
verified FE models are used to conduct parametric
studies in which effect of varying design parameters like
floor span, beam spacing and floor decking thickness are
determined beyond the range that is practical using tests.

Figure 1: Constructed floor with trolley used to cause motion
and sensors measuring its dynamic response: Floor 1.

2 Experimental Investigation
2.1 Floor configurations
A total of nine configurations were constructed to
represent effects of variables expected to influence the
low amplitude dynamic responses of rectangular plan
beam and deck-element floors. The reference system
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(Floor 1) had overall plan dimensions of 5m by 5m and
three beams, Figure 1. Glulam beam and glulam decking
elements of that system were sized to satisfy Ultimate
Limiting States (ULS) but not Serviceability Limiting
States (SLS) design criteria specified by the Canada
timber design code [13]. The adopted un-factored
uniform live load level used in conjunction with ULS
design calculations was 2.4kPa, which corresponds to
normal office building occupancies in Canada.
Second and third floor configurations investigated
differed from Floor 1 in respect of their spans created by
reducing lengths of the beams by 0.6m and then 1.2m,
respectively. This had the effect of making Floor 2 a
system in which dimensions of the beams were
controlled by the SLS limitation that maximum static
deflection under a uniform live load did not exceed
1/360th of the beam span (≤ L/360). In essence this
system was designed according to traditional design
practice that assumed an omnibus deflection control
requirement can prevent a range of potential SLS
problems. Because of their shorter spans and other
modifications made to Floor 3 and subsequent systems,
it was expected they would all exhibit superior
vibrational serviceability performance in comparison
with the first two in the series.
Floors 4 to 9 had two additional beams (five in total)
which was done to alter mode shapes and stiffnesses.
Floor 5 introduced the effect of interconnecting adjacent
deck-elements using screws as a method of increasing
composite action. Floors 6 to 9 did not have such
interconnection of decking elements. Effects of adding
intermediate line supports beneath beams was examined
via Floors 6 (two equal spans: nominally 1.9m each) and
Floor 7 (two spans: nominally 1.27m and 2.54m). The
final two test systems examined effects of adding nonstructural layers to floor surfaces of Oriented StrandBoard (OSB) in Floor 8, and OSB plus a lightweight
concrete overlay in Floor 9.
2.2 Floor construction details
Glulam beams had cross-section dimensions of 130mm x
304mm and glulam deck-elements had cross-section
dimensions of 600mm x 80mm. The beams
corresponded to 20f-E grade Spruce-Lodgepole PineJack Pine glulam, and the deck-elements to No 2 grade
Spruce-Pine-Fir, as defined by the Canadian timber
design code [13]. Metal angle brackets and proprietary
6mm diameter x 60mm long Heco-Topix Flang head
screws were used to attach beams to short support walls
constructed from similar glulam beams that were
themselves supported on a rigid reinforced concrete floor
(Figure 1). Deck-elements were attached to beams using
6mm diameter x 160mm long Heco-Topix Flang head
screws. In Floor 5 adjacent deck-elements were
interconnected using twenty pairs of 12mm diameter x
160mm long HECO-Topix®-CC screws installed from
opposing directions at an angle of 45°.
2.3 Dynamic tests
Forced Vibration Tests (FVT) and Ambient Vibration
Tests (AVT) [14,15] were conducted to estimate average

mechanical dynamic properties of glulam beams and
deck-elements. AVT tests were performed to determine
modal response characteristics of floors.
2.3.1 Forced vibration tests
FVT is widely used to determine dynamic mechanical
properties of materials such as wood. In this method, the
level of input force F(ωk) and output response X(ωk) are
measured from which the Frequency Response Function
(FRF) can be computed as:
H (k ) =

X (k )
F (k )

(3)

Different techniques such as peak picking or the least
squares method can be used to extract modal data from
FRF [14]. In the present study the bending Young’s
Modulus (MOE) values for beams and deck elements
were calculated using data from test in which such
components were suspended on two flexible rubber
ropes, Figure 2. This produced free-free boundary
condition when the elements were dynamically excited
using impacts from an instrumented hammer.
Acceleration responses were
measured using
piezoelectric accelerometer. In all tests the excitation
point was kept constant while the accelerometer was
moved along the hanged beam or deck element. This
ensured correct identification of all relevant vibration
modes with recorded time domain responses being
subsequently transformed to the frequency domain using
Fast Fourier Transform (FFT) analysis techniques.
Obtained FRF functions were used to extract the
fundamental frequency of the beams and decks. MOE
values were estimated using the following formula [16]:

E1 = 0.946

f12 L4 r
d2

(4)

Where: E1 is MOE parallel to grain in MPa, and f1 is the
fundamental natural frequency in Hz, L is the length of
the element in m, ρ is the mass density in kg/m3 and d is
depth of the element in m.

Figure 2: Deck element suspended from flexible rubber ropes
during FVT

The f1 and estimated ρ and E from FVT on three deck
elements and two beams are presented in Tables 1 and 2.
The extracted average material properties are used in FE
models discussed in subsequent parts of this paper.
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Table 1: Properrties of deck elem
ments estimated using
u
FVT
Deck
1
2
3

f1

(Hz)
14.9
15.2
14.5
Avverage

ρ

(kg/m3)
484
490
493
489

E1
(MPa)
9930
10500
9580
10000

Table 2: Properrties of beams esstimated from FV
VT
Beam
1
2

f1

(Hz)
61.0
59.5
A
Average

ρ

(kg/m3)
470
460
465

E1
(MPa)
11200
10400
10800

Fourier Transform (F
FFT) to creaate power sppectral
density functions
f
like tthat shown in Figure 4. To extract
e
the mod
de shapes andd frequencies, the singular value
decompo
osition (SVD) technique wass applied to sppectral
density functions.
f
Usinng SVD, spectrral density functions
are deco
omposed into sets of single degree of freeedom
auto spectral density fu
functions each of which repreesents
one modde. Resulting spectral denssity functions were
transform
med to the tiime domain using inversee-FFT.
Obtained
d time domainn free decay functions
f
weree then
used to calculate modal
m
frequenccy and the m
modal
dampingg ratio, by estim
mating the zerro crossing tim
me and
using loggarithmic-decreement techniqu
ue.

2.3.2
2
Ambien
nt vibration teest
AVT
A
enables efficient
e
and accurate
a
estimaation of modall
frequencies
f
a
and
mode shaapes of varioous types off
structural systeems [15]. A Tromino
T
sensoor was used too
measure
m
dynam
mic response of test floor using
u
grids off
measuring
m
poiints such as thhat shown in Figure 3. Thee
grid
g
for each floor was selected so that motions weree
measured
m
at suufficient pointss to ensure reliiable detectionn
of
o relevant moodal responsess. As mentioneed already, thee
fundamental
f
an
nd other modes are known too be capable off
influencing
i
b
building
occuppant perceptioons of floorr
motions,
m
and th
herefore shouldd be considereed [17,18]. Thee
time
t
duration for
f each set off Tromino meassurements wass
120s, during which
w
a trolley was moved accross the floorr
in
i a pattern thhat would excite vibration modes
m
likely too
impact
i
vibratioon serviceabiliity performance of beam andd
deck-element
d
f
floors
(circa ≤ 60Hz). The troolley used hadd
three
t
wheels and
a insignificannt mass (10kg
g) compared too
the
t mass of th
he floor itself. It was movedd using a longg
plastic
p
handle so that the op
perator could avoid
a
standingg
on
o the floor, which could
d have influennced responsee
characteristics
c
including moddal damping sig
gnificantly.

Figure
F
3: Arranngement of Trom
mino measuremennt points on a
typical
t
floor andd direction of rovving sensor placcements: Floor
3

The
T
motion pattern empployed movedd the trolleyy
progressively
p
from the edge of the floorr to its centree
trying
t
to coveer whole area of the floor. Collected
C
dataa
was
w analysed using the Ennhanced Frequuency Domainn
Decomposition
D
n (EFDD) tecchnique as im
mplemented byy
the
t Artemis Ex
xtractor 5.3 sofftware tool [19
9]. As its namee
implies
i
EFDD
D is an advancced form of traaditional FDD
D
that
t
overcomees limitations of FDD thatt can impedee
reliable
r
extracction of charracteristics off modes withh
similar freq
quencies [15]. Time-dom
main data iss
transformed
t
into
i
the frequuency domainn using Fastt

Figure 4:: Power spectrall density function
n: Floor 1

2.4 Point load deflecction measurem
ments
Static deeflection causedd by a 1kN verrtical point loaad (d1)
was meaasured at the ccentre-span possition of each floor,
because as discussed iit is used withhin some criterria for
T
assessingg vibration serviceability of floors. Those
measurem
ments were made
m
using a dial gage with
w
a
precision
n of 0.01mm.
2.5 Join
nt push-out teests
Lateral load-slip
l
respoonses of Heco-Topix Flangee head
screws were
w
measureed via push-oout tests perfoormed
accordin
ng to ASTM D1761–12 [220]. This perm
mitted
estimatio
on of suitable stiffness for liink-element ussed to
representt screw jointss within FE models
m
discusssed in
Section 3.
3 Push-out tesst specimens consisted of 80mm x
130mm x 200mm deckk elements and 304mm x 1300mm x
130mm beam
b
elementss interconnecteed by 160mm HecoH
Topix Fllange head scrrews. Joint stifffness was estim
mated
from thee lower portionns of load-slip curve
c
like the oone in
Figure 5. The averrage stiffnesss per screw was
determin
ned to be 0.54 x 106 N/m to usse in FE modell.

Figure 5:: Typical Loud slip curve for appplied screw
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3 Finite element modelling

4 Ambient vibration test result

Finite element methods have become everyday tools for
static and dynamic analysis of structural systems. The
commercial Abaqus/CAE software [21] was used to
create FE model of the floors tested. Frequency analysis
using the Lanczos method was performed to extract
mode shapes and natural frequencies. Glulam materials
were assumed to be orthotropic. Assigned engineering
constant properties were the three modulus of elasticity
corresponding to axes of material symmetry (E1, E2, E3),
shear moduli (G12, G13, G23), and Poison’s ratios (ʋ12, ʋ13,
ʋ23). The E1 values used are the average ones given in
Tables 1 and 2. Other values were selected from relevant
literature [22,23].

Selected results from ambient vibration test are given in
Table 3. The fundamental frequency (f1) of the reference
case (Floor 1) was 11.1Hz. When the beam span was
reduced to create Floors 2 and 3 that value increased to
13.2 and 16.7Hz, respectively. Similarly static
deflections under a 1kN point load (d1) decreased as
floor span was reduced. In that cases values reduced
successively from 0.58mm to 0.43mm and then 0.32mm
for Floors 1 to 3. These and other results are changes in
line with what would be expected due to successive
modifications of the nine tested systems, which altered
mode shapes, and modal stiffnesses and masses.

3.1 Beams and deck elements
The beams were modelled using a three-node quadratic
Timoshenko beam elements. Those elements consider
effects of transverse shear deformation and rotary inertia,
which can be important in dynamic analysis of systems
with relatively deep cross-section profiles. They have
three translational and three rotational degrees of
freedom per node, making them suitable for analysis of
three-dimensional systems like those investigated. Deckelements were modelled using orthotropic reduced
integration shell elements with hourglass control. This
approach was taken because, unlike beams which behave
sensibly as linear bending elements, deck-elements
exhibit two-way out-of-plane bending deformations.
Their behaviours reflect their low thickness-to-width and
thickness-to-span ratios. Shell element also had six
degrees of freedom at per node. Element were assigned
masses based on average ρ values in Tables 1 and 2.
3.2 Screwed joints
It was assumed connections between beam and deck
elements made using screwed joints are semi rigid, and
therefore only partial composite action will exist at such
locations. Screwed joints were modelled using the linear
spring element with two horizontal and one vertical
stiffnesses. Horizontal spring stiffness used matched
values determined in the joint push-out tests (Section
2.5), i.e. 0.54 x 106N/m. The vertical stiffness used was 9
x 107N/m. This reflects much higher stiffness joints
exhibit when screws are loaded axially rather than
laterally. Deformation of each spring element was
restricted by two rigid link elements, with length of the
upper link defined as half the deck-element width and
length of the lower link as half the beam depth.
Deformations of the rigid links were prevented by
assigning them very high modulus of elasticity values. It
was also assumed the link element have zero mass.
3.3 Beams end conditions
In all floors, the beams were modelled as simply
supported members, i.e. rotations in beam planes
allowed but all other movements (translations and
rotations) are restrained.

4.1 Comparison between FE model and ambient
vibration test results:
Table 3 and Figure 6 show selective comparisons
between modal characteristics derived from tests (AVT
results) and modelling (FE results). The table also
compares point load static deflection (d1) results. As can
be seen modal frequencies and mode shapes derived in
different ways agreed well in absolute terms, as did d1
values. Expressed in percentage terms some deviations
of FE from AVT values may appear relatively
substantial. However it needs to be borne in mind in this
context that FE results do not reflect factors like effects
of construction material and fabrication irregularities that
AVT values do. Judged from the perspective of accuracy
of engineering design analyses none of the deviations
fall outside the realms of acceptability. In consequence it
is believed that what is presented, which is a fraction of
all possible available test and model value comparisons,
constitutes verification of the employed FE techniques. It
was therefore deemed reasonable to use those modelling
techniques as the basis of parametric studies in Section 5
that explore effects of alterations in construction
variables relevant to beam and deck-element floor
systems.

5 Parametric studies
Validated FE modelling techniques were used to
determine effects of the following variables that design
engineers can control:
a) Floor width and plan aspect ratio
b) Beam support rigidity
c) Deck thickness
d) Number of beams (beam spacing)
e) Width of deck-elements
In all cases verified Floor 1 was the reference case
relative to which alterations were made in studied
variable. Within the reported parametric studies f(i.j) (i.e.
modal frequencies) and d1 are used as indicators of
effects alteration of design variables might have on
dynamic performances of floors. However, for reasons
already discussed this may not necessarily indicate
directly how those variables may influence actual
vibration serviceability performances of floor systems. It
follows that caution should be excised when interpreting
information in the remainder of the current discussion.
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Table 3: Compaarison of measurred and predicted
d frequencies off vibration in (Hzz) and mid span deflection underr 1 kN point loadd

Floor

f (1,1) * (HZ)

f (1,2)
(HZ)
f (1,3) (HZ)

d1

(mm)

TEST
T

Difference

FEM

Absolute

(%)

1

2

3

1

2

3

1

2

3

1

2

3

11.1

13.2
2

16.7

11.0

13.7

17.4

0.1

0.2

0.7

0.90
0

3.79

4.19

13.7

18.1

22.9

14.6

17.7

21.2

0.9

0.4

1.7

6.57
7

2.21

8.89

21.8

23.6
6

30.7

21.5

25.7

31.9

0.3

2.1

1.2

1.38
8

7.42

3.91

0.58

0.43
3

0.32

0.61

0.46

0.33

0.03

0.03

0.01

5.17
7

6.98

3.12

* mode (i,j) sig
gnifies order of mode
m
shape paraallel to span (i) and
a perpendiculaar to span (j)
Mode

1,1

1,2

1,3
1

Test
(AVT)
Model
(FEM)

Figure
F
6: Low order test (OMA
A) and predicted
d (FEM) mode shhapes: Floor 1
5.1
5
Effect of floor width an
nd aspect ratiio
Combined
C
effeects of floor width and plan aspect
a
ratio onn
f(i,j) and d1 are assessed here by doubling th
he floor widthh
to
t 10m, i.e. keeping
k
the beam
b
spacing constant andd
increasing
i
the number of beeams from thrree to five. Inn
Table
T
4 the first four predicteed, modal frequuencies and d1
are
a compared for
f Floor 1 and
d a modified 10
0m wide floor.
The
T first thinng to note is that predictedd fundamentall
frequencies
f
(ff(1,1) values) and static deeflections (d1
values)
v
are alm
most unchangeed for the two systems. Thiss
means
m
simpliffied design critteria that only employ thosee
parameters
p
woould imply to designers
d
that floor
fl
width andd
plan
p
aspect raatio are not faactors importan
nt to avoidingg
vibration
v
serviiceability perfo
ormances of th
he particular orr
similar floors. This does not mean that eithher f(1,1) and d1
values
v
would be unaltered in other instaances, becausee
effects
e
of otheer design variaables interact with
w effects off
changing
c
the width
w
of a flooor. Also to no
ote is that forr
other
o
modal orders
o
(differennt i and j com
mbinations) f(i.j))
values
v
for the two systems differ.
d
In some instances likee
modes
m
(1,3) and
a (1,4) diffeerences are very significant,,
which
w
indiccates actual vibration serviceabilityy
performances
p
c
For
F the widerr
could differ considerably.
floor
f
system the frequencyy spacing betw
ween adjacentt
modes
m
is decreased, whichh based on paast experiencee
mance in thee
suggests poorer serviceabbility perform
particular
p
and similar cases [7,8].
[
The pressent, and otherr
comparisons
c
not
n reported heere, indicate floor width andd
plan
p
aspect ratios
r
are highly importantt variable forr
engineers
e
to coonsider.

Table 4: Effect
E
of floor width and aspect ratio on f(i.j) andd d1
Parameterr
f(11,1)
f(11,2)
f(11,3)
f(11,4)
d1

Width

Floor 1
(5m wide)
11.0Hz
14.6Hz
21.5Hz
36.1Hz
0.61mm

10m widde
10.5Hzz
11.5Hzz
14.0Hzz
17.7Hzz
0.55mm
m

5.2 Efffect of beam en
nd rigidity
Table 5 shows the effeect of altering the beam end fixity
conditionns on f(i.j) vvalues and d1. In that table
performaance characterristics of Floorr 1 that has ssimply
supporteed beams are coompared to thoose of a similarr floor
having beam
b
with fixxed (built-in) ends. As wouuld be
expected
d, all on f(i.j) increase suubstantially annd d1
decreasees substantiallyy when beam
m have fixedd end
conditionns. In practiical terms thhis is a surrrogate
demonstrration that design engineerss can use struuctural
arrangem
ment decisions like use of continuous ratheer than
simply supported
s
beam
m to alter annd control vibbration
serviceab
bility performaances of floorss in buildings.. Also
to note is implied need to carefullly consider whhether
c
based on
o consideration of f1 and d1 that
design criteria
were dev
veloped basedd on study of floors with simply
s
supporteed single spanss can validly be
b applied to design
d
of floorss having otherr structural suppport arrangem
ments.
Other studied
s
like that by Weeckendorf [244] on
lightweigght joisted timber flooors support these
observations.
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Table 5: Effect of beam end fixity on f(i.j) and d1
Floor
Parameter
f(1,1)
f(1,2)
f(1,3)
f(1,4)
d1

5.3

Floor 1
(simple supports)
11.0Hz
14.6Hz
21.5Hz
36.1Hz
0.61mm

Fixed beam ends
20.3Hz
23.1Hz
37.9Hz
44.50Hz
0.22mm

Effect of deck thickness and number of beams
(beam spacing)

Glulam deck-elements are commonly produced with
thicknesses in the range 80mm to 175mm. Effects of
altering deck thickness are shown in Table 6. The
tabulated results illustrate that increasing the thickness of
deck-elements decreases the first and the second modal
frequencies of the floor and static displacement d1. These
effects are direct consequences of increasing the modal
masses of the lowest order modes, and increasing
flexural rigidity of the system in the across-beams
direction. This implies that were floor designs to be
based on an empirical design criterion in which f1 is a
numerator term and d1 a denominator term [e.g. 6],
effects of decisions altering the deck thickness would
have muted impact. On the other hand, such decisions
could alter actual performances of floors considerably.
For example use of thick decks can depress modal
frequencies to a level that falls with the range most
annoying to building occupants.
Table 6: Effect of deck-element thickness on f(i.j) and d1
Thickness
Parameters
f(1,1)
f(1,2)
f(1,3)
f(1,4)
d1

Floor 1
(80mm deck)
11.0Hz
14.6Hz
21.5Hz
36.1Hz
0.61mm

130mm
deck
9.6Hz
13.5Hz
25.8Hz
58.5Hz
0.43mm

175mm
deck
8.6Hz
12.9Hz
32.6Hz
78.1Hz
0.23mm

Effects of altering beam spacing via increasing the
number of beams relative to Floor 1 which has three are
shown in Table 7. In modified floors with five and nine
beams the beam spacing becomes 1.25m and 0.625m
respectively. In principle effects of altering beam
spacing are not dissimilar to and interact with those
associated with altering the deck thickness for low order
modal frequencies. Decreasing the beam spacing can
increase low order modal frequencies and decrease d1
significantly. However, it is also to be noted that
proneness to modal frequency clustering increases when
beam spacing is reduced.
Table 7: Effect of number of beams on f(i.j) and d1
Parameters
f(1,1)
f(1,2)
f(1,3)
f(1,4)
d1

#beam

Floor 1
(3 beams)
11.0Hz
14.6Hz
21.5Hz
36.1Hz
0.61mm

Modified
(5 beams)
14.3Hz
16.4Hz
21.7Hz
35.7Hz
0.37mm

Modified
(9 beams)
17.5Hz
18.5Hz
22.4Hz
34.9Hz
0.22mm

Although not fully demonstrated here, deck thickness
and beam spacing design decisions have strongly

interacting influences on dynamic responses of beam and
deck-element floors. Therefore choice of those design
variables has a major role in determining the vibration
serviceability performance of such structural systems.
5.4 Effect of deck-element width
Effect of deck-element width on dynamic response
parameters is shown in Table 8. Reference case Floor 1
has 0.6m wide decking elements. Other cases considered
have wider decking elements with the case of a 4.9m
wide element being the situation where there is full
continuity in the deck of the floor. This situation would
be difficult to realise in practice owing to limitations in
manufactured widths of glulam decking products. Its
inclusion is essentially for completeness of the
parametric study. In general altering the widths of deckelement elements alters the degree of semi-rigid
composite action directly influencing flexural stiffness
parallel to the beams, and plate-bending action that will
also influence flexural stiffness in the across-beams
direction and torsional stiffness of the system. In other
cases an 8mm gap was created between adjacent deck
elements so that they would not directly transmit
bending moments or shear forces from one element to
another.
Table 8: Effect of width of deck elements on f,(i.j) and d1
Width
Parameter
f(1,1)
f(1,2)
f(1,3)
f(1,4)
d1

Floor 1
(0.6m)
11.0Hz
14.6Hz
21.5Hz
36.1Hz
0.61mm

1.21m

2.42m

4.9m

11.09
14.68
21.64
36.35
0.59mm

11.20
14.74
21.73
37.31
0.58mm

11.59
15.22
21.97
38.44
0.56mm

As the tabulated results show, f(i,j) and d1 have limited
sensitivity to the widths of deck elements for the studies
floor span and beam spacing. However if other cases
such as when the beam spacing is smaller are considered
outcomes can differ significantly. In such an instance
differences would reflect strong increases in platebending action and torsional stiffness in the deck and
therefore the complete system. This comment is added to
emphasise that findings from a parametric study where
one parameter is varied at a time should be interpreted
with caution. It also illustrates why similarly limited
insights into what effects performances of structural
systems gained from test programmes should not be
extrapolated into generally applicable conclusions.

6 Conclusions
A recurring theme throughout this discussion is
commentary about the need to distinguish between
ability to reliably estimate floor performance
characteristics (required by empirical design criteria),
and effects design decisions may have on vibration
serviceability performances of constructed floor systems.
This paper does not aim to guide designers toward
choice of particular design criterion. What it does is
caution against assuming that vibration serviceability
design criteria recommended for other types of
lightweight floor systems can reliably ensure satisfactory
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performances of glulam beam and deck-element floor
systems.
Another conclusion to be drawn from discussion here is
that the presented Finite Element modelling techniques
presented are reliable. Analyses based on use of those
models reveal that design engineer controlled decisions,
such as beam span and support conditions, beam spacing
and deck thickness, will alter dynamic performances of
beam and deck-element floors in ways that influence
building occupant satisfaction with constructed systems.
Ongoing work by the authors and their collaborators is
aimed at providing generalised practical design guidance
for avoiding dynamic response related serviceability
performance problem with lightweight floor systems of
all types.
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EXPERIMENTAL ANALYSIS ON SEISMIC PERFORMANCE
EVALUATION OF TRADITIONAL TIMBER FRAME STRUCTURES
WITH LARGE HANGING WALLS
Saki Ohmura1, Yasuhiro Nambu2, Yoshihiro Shibuya3, Mina Sugino4, Yasuhiro Hayashi5
ABSTRACT: In Japan, there are a lot of traditional timber buildings. In our investigation of the traditional timber
houses, the structures which consist of tall hanging walls and beams called Sashigamoi in Japanese were found. The
purpose of this study is the demonstrative investigation of the mechanical characteristics of the timber frame structures
with large hanging walls aiming for construction of a reasonable and practical seismic evaluation method. In this paper,
we performed the static loading tests of the historical timber frames with large hanging walls and analyze the test results
in detail. As a result, it is revealed that there is room for improvement on the current method of seismic evaluation on
the frames with hanging walls as for evaluation on the restoring force characteristics and the possibility of breakage of
columns.
KEYWORDS: Traditional timber buildings, Static loading tests, Large hanging wall, Seismic performance evaluation

1.

INTRODUCTION123

In Japan, there are a lot of traditional timber buildings. In
our investigation of the traditional timber houses, the
mud plaster walls which have various specifications such
as the thickness of crosspieces called Nuki in Japanese
and the structures which consist of tall hanging walls and
beams called Sashigamoi in Japanese (hereinafter
referred to as large hanging wall) were found. Figure 1
shows an example of structures with large hanging wall
in Wakayama, Japan. Timber frame structures with
hanging walls are a very important factor for the seismic
safety of timber buildings because timber frames with
hanging walls can lead to collapse of the whole buildings
by breakage of columns at joints of the lower end of
hanging walls.
The current method of seismic capacity evaluation on
frames with hanging walls in Japan (hereinafter referred
to as the current method) is proposed by Agency for

Cultural Affairs [1] and the Japan Building Disaster
Prevention Association [2] . However, it is not enough to
confirm the evaluation by the loading tests in detail of
the mechanism such as the shear force of columns and
the deformation form of whole structures (refer to such
as [3]).
The purpose of this study is the demonstrative
investigation of the mechanical characteristics of the
timber frame structures with large hanging walls aiming
for construction of a reasonable and practical seismic
evaluation method. In this paper, we perform static
loading tests of the historical timber frames with large
hanging walls and analyze the test results in detail. Then,
it is revealed that there is room for improvement on the
current method of seismic evaluation on the frames with
hanging walls as for evaluation on the restoring force
characteristics and the possibility of breakage of
columns.
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Figure 1: Example of structures with large hanging wall
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the ground sills is 120x120mm, that of cross beams is
240x120mm, and that of the Sashigamoi is 270x120mm.
The columns and the ground sills are made of Japanese
cedar (E90 in Japanese Agricultural Standard). The
Sashigamoi and the cross beams are made of oregon pine.
The capital and base of the columns is stub tenons with
VP joint metals on the both sides. Cotters (Hanasen or
Komisen in Japanese) that joint the columns and the
Sashigamoi are made of oak. The configurations of the
tenons of the Sashigamoi are shown in Figure 3. The
wall materials are mud plaster or dry mud-panels.
The specimens with mud plaster walls whose thickness
is 60mm have the horizontal and vertical crosspieces
called Nuki inside the frames and bamboo laths in a
lattice shape inside the wall. The number of the
horizontal Nuki is three in each full wall specimen and
two in each large hanging wall specimen. The number of
the vertical Nuki is one in each area of the wall. The
Nuki is made of Japanese cedar. The section size of the

STATIC LOADING TESTS

2.1 SPECIMENS
We made three specimens of timber frames with full
walls (full wall specimens) and five specimens with
large hanging walls and beams called Sashigamoi (large
hanging wall specimens [4], [5]). Figure 2 shows the
elevations of the specimens and Table 1 shows the
details of the specimens. The specification of the walls
and the number of the spans are the experimental
variables.
The full wall specimens consist of columns, cross beams,
ground sills and mud walls. The large hanging wall
specimens consist of columns, cross beams, ground sills,
Sashigamoi and mud walls. The height of the full wall
specimens is 2700mm. The height of the large hanging
wall specimens is 3870mm and that of the hanging wall
is 1800mm. The span length between each adjacent
columns is 1820mm. The section size of the columns and

□120

□120

□120

(b) F12#12
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Figure 2: Examples of specimens (Unit : mm)
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Table 1: Details of specimens (✕: Breakage of column)
Wall
material

Thickness
Frame

Full
wall
Mud
plaster
wall

Large
Hanging
wall

Full
wall
Dry mud
panels

Large
Hanging
wall

Specimen

Wall

F12#12N

60

F12#12

60

2P12#12N

60

2P12#12

60

4P12#12#12N

60

F12-12

26

2P12-12

26

4P12-12-12

26

Weight (kN)

Vertical load
Nuki Specimen
Location
W
Left
40
5.0
25.7
Right
Left
15
4.6
25.7
Right
Left
40
3.9
25.7
Right
Left
15
4.2
25.7
Right
Left
40
7.5
51.1
Center
Right
Left
18
1.6
25.7
Right
Left
18
2.1
25.7
Right
Left
18
3.5
Center
51.1
Right

MOE

Column
MOR

(kN/mm2 )
9.7
8.1
9.7
9.8
6.8
7.2
7.7
8.2
6.8
8.0
6.6
7.7
8.8
7.9
8.3
8.6
7.6
8.0

(N/mm2 )
51.0
52.0
59.1
56.8
47.3
46.2
38.5
44.6
41.8
39.2
41.4
56.9
62.4
45.7
39.9
51.7
42.0
45.7

Breakage
✕
✕
✕
✕
✕
✕
✕
✕

WCTE 2016 e-book | 4525

horizontal Nuki is 120x40 or 120x15mm and that of the
vertical Nuki is 120x15mm. The difference of the
thickness of the horizontal Nuki expresses whether the
Nuki is exposed to a surface of the wall or not.
On the other hand, the specimens with dry mud-panels
[6] whose thickness is 26mm have the holizontal Nuki
inside the frames. The section size of the Nuki is
105x18mm. The full wall specimen has four Nuki and
five mud-panels. The large hanging wall specimens have
two Nuki and three mud-panels in each area of the wall.
All the sides of each dry mud-panel are screwed on the
Nuki and corbels inside the frames.
The specimens are named in the following rules. The
initial is "F" of the full wall specimens or "2P", "4P" of
the large hanging wall specimens which is the width of
the specimen. The numbers are the section size of the
columns. As the mud wall, the mud plaster wall is "#"
and the dry mud-panel is "-". The last character "N" of
the mud plaster wall specimens indicates the
specification of the 40mm thickness horizontal Nuki.
We obtained the bending Young's modulus MOE and the
bending strength MOR of all the columns by the threepoint bending tests performed after the static loading
tests. The distance between the support points is
1680mm (fourteen times as long as the section size of
the columns) in full wall specimens and 1440mm
(twelve as long as the section size of the columns to
avoid a defect due to breakage) in large hanging wall
specimens. The material constants of each column are
shown in Table 1.
2.2 LOADING SETUP
Figure 4 shows the loading setup of the static loading
tests and the location of strain gauges at the columns of
the large hanging wall specimens. We performed the
static loading tests by loading the both ends of the cross
beam of the specimen through load cells not to bind in
the vertical direction. To prevent pullout of the column
bases, the capital and base of each column are fixed in
metal fittings, and each specimen is weighted on the
capitals of each column with the vertical load W like
Figure 4. Furthermore, we set hold down hardware at the
capital and base of each column in the full wall
specimens. The reversed cyclic loading in the horizontal
direction is conducted by increasing the amplitude of the
rotational angle.
W/4

Anchor
bolt

W/2

W/4

P
(+) (-)

P
(+) (-)
Hold
down
hardware

(a) Full wall specimen

450 900 450

W/2

W/2

where  is the horizontal relative displacement between
the cross beam and the ground sill (top displacement of
specimen), and h is the inner height (the full wall
specimens : h=2700mm, the large hanging wall
specimens : h=3870mm). In this paper, the hanging wall
of the large hanging wall specimen is defined as the part
which is lower the cross beam and upper the Sashigamoi
including the walls and the columns. The rotational
angle of the hanging wall Rh is given by Equation (1).

Rh   h / h2

where h is the horizontal relative displacement between
the cross beam and the Sashigamoi, and h2 is the inner
height between the cross beam and the Sashigamoi
(h2=1800mm).
The restoring force P is measured by the load cells, and
the bending moment and shear force of each column are
obtained by the strain gauges. The shear force of the
columns Qc is calculated by Equation (3).

Qc 

MU  M D
lg

2.3 TEST RESULT
2.3.1 RESTORING FORCE CHARACTERISTICS
AND DAMAGE
Figure 5 shows the loading state of 4P12#12#12N.
Figure 6 shows the relationship of the restoring force P
and the rotational angle R (hereinafter referred to as
restoring force characteristics) of each specimen and
Table 2 shows the maximum restoring force Pmax and
breakage of the columns in the large hanging wall
specimens. The damage of the walls in each mud plaster
wall specimen is shown in Figure 7.

Strain
gauge

Anchor
bolt

(b) Large hanging wall specimen

The rotational angle R is given by Equation (1).
(1)

(3)

where MU and MD are the bending moment at the upper
and lower positions of the strain gauges, respectively,
and lg is the length between the two position (=900mm)
as shown in Figure 4. The MU and MD are calculated by
using the bending Young's modulus MOE and the
geometrical moment of inertia I considering the partial
loss of the area by a back split.
In this paper, the front column is defined as the column
of the loading direction side, and the rear column is as
the column of the loading direction opposite side. For
example, the left column is the front column and the
right column is the rear column when loading to the plus
direction (the left of the sheet).

Figure 4: Loading setup

R  /h

(2)

Figure 5: Loading state (4P12#12#12N, R=1/15rad)
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First, we mention the full wall specimens. In F12#12N,
shear cracks in the wall occurred on the front surface and
the restoring force P reached a maximum at 1/120rad.
After that, the cracks developed between the vertical
Nuki as shown in Figure 7 (a). In F12#12, the restoring
force P reached a maximum at 1/30rad, then out-of-

plane deformation and collapse at the corners of the wall
were observed. Compared with F12#12N, F12#12 had
few crack of the wall and different in how to crack as
shown in Figure 7 (a), (b). However, the maximum
restoring force Pmax has about the same value in the both
full wall specimens. In F12-12, shear cracks occurred

Table 2: Maximum Restoring force Pmax and breakage of column (★: Pmax , ▼:Breakage of columns)
Specimen
F12#12N
F12#12
F12-12
2P12#12N

Full
wall

1/200

1/120
★ 18.2 kN

1/100

1/75

1/50

1/30

★ 18.5 kN

2P12#12
Large
hanging 4P12#12#12N
wall
2P12-12

★ 9.8 kN
▼Center
▼Center

4P12-12-12

10

10
P (kN)

20

0

-10
-0.1

0
0.1
R (rad)
(a) F12#12N

1/5

★ 15.8 kN
★ 6.7 kN

★ 7.7 kN
▼Right(Rear)
▼Left(Rear)
▼Right(Front) ▼Left(Front)
★ 5.9 kN
★ 11.4 kN

▼Right(Rear)
▼Left(Rear)

minus(-)

plus(+)

-0.1

20

0
0.1
R (rad)
(b) F12#12

0

-10

-20
-0.2

-20
-0.2

0
0.1
R (rad)
(c) 2P12#12N

20

0.2

20

0

-10

Center
Left

0

-10

Left
-0.1

0
0.1
R (rad)
(d) 2P12#12

0.2

-20
-0.2
20

Right
-0.1

0
0.1
R (rad)
(e) 4P12#12#12N

-10

0

-10

-20
0
0.1
0.2
-0.2
-0.1
0
0.1
R (rad)
R (rad)
(f) F12-12
(g) 2P12-12
Figure 6: Restoring force characteristics ( ▼:Breakage of column)

0.2

-20
-0.2

Left
Center
-0.1

0
0.1
R (rad)
(h) 4P12-12-12

(b) F12#12

(d) 2P12#12N

(e) 2P12#12

Figure 7: Damage of wall in mud plaster wall specimen

(f) 4P12#12#12N

0.2

+1/30rad

5.8

(a) F12#12N

0.2

Right

10

0

-0.1

Center Right

10

10
P (kN)

10

Left
20

0

-10
-0.1

0.2

Right

10
P (kN)

P (kN)

1/6

0

-20
-0.2

0.2

10

P (kN)

1/8

-10

20

-20
-0.2

1/10

P (kN)

P (kN)

20

-20
-0.2

Rotational angle R (rad)
1/20
1/15

P (kN)

Frame

6.2

1.3

3.6

1.8

1.1

Figure 8: Bending moment diagram
(4P12#12#12N)
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and the restoring force reached a maximum at 1/20rad.
Then the shear cracks developed and out-of-plane
deformation of the Nuki and the panels occurred at
1/15rad.
Next, we mention the large hanging wall specimens
(refer to [4], [5]). The damage modes of the large
hanging walls specimens were roughly classified into the
damage of the hanging walls and the breakage of the
columns. In this paper, we define breakage of columns
as when the columns crack at the joint for the first time.
Figure 8 shows the bending moment diagram and Figure
9 shows a picture of the breakage of the center column in
4P12#12#12N. In the large hanging wall specimens, the
breakage of the columns were caused by the large
bending moment at the lower end of the hanging wall as
shown in Figure 8. The columns did not lose the
effective area of the cross section of the joint just after
breakage (Figure 9 refers) and the cracks gradually
developed as the deformation of the whole structure
become larger.
In 2P12#12N, the cracks in the wall developed as shown
in Figure 7 (c) and the columns did not break until the
restoring force P was lost. In 2P12#12, the cracks in the
wall are few compared with 2P12#12N and all the
columns broke in order of the left(rear) column and the
right(rear) column. In 4P12#12#12N, there is few cracks
in the wall and all the columns broke in order of the
center column, the right(front) column and the left(front)
column. In 2P12-12, the cracks of the dry mud-panels
were few and columns did not break until restoring force
P was lost. In 4P12-12-12, the damage of the hanging
wall was little and all the columns broke in order of the
center column, the right(rear) column and the left(rear)
column.
Center
column

Crack

Sashigamoi

Sashigamoi

2.3.2 RESTORING FORCE CHARACTERISTICS
OF HANGING WALLS
In the current seismic evaluation methods, the loaddisplacement relationship of the mud wall is modeled
with the shear force proportional to the thickness and the
width of the wall. Furthermore, the current method use
the restoring force characteristics of the model whose
restoring force P reduced by Equation (4) for the
restoring force characteristics of the hanging walls.

P'

h2
P
h

(4)

where P' is the reduced value of the restoring force P.
On the other hand, we use the test results of the full wall
specimens instead of the mud wall model and calculate
the reduced value P' by Equation (4).
Figure 10 shows the comparison between the restoring
force characteristics of the hanging wall of the large
hanging wall specimens and the reduced values of the
mud wall model and the full wall specimens. Besides,
2P12-12 shows only the test results because the wall
made of dry mud-panels is not defined in the current
method. Compared with the test results, the reduced
value P' of the mud wall model is low in the specimens
with mud plaster walls as shown in Figure 10 (a) and (b).
In short, the current method estimates the restoring force
of the mud wall lower than that of the test result. On the
other hand, the reduced value P' of the full wall
specimens generally corresponds with the test results
including the specimen with dry mud-panels.
In addition, Figure 11 shows the comparison between the
maximum restoring force Pmax in the large hanging wall
specimens and the reduced values of the maximum
restoring force Pmax' in the full wall specimens. In
2P12#12N and 2P12-12 whose columns did not break, it
is considered that the hanging wall exert the shear
strength because the restoring force P of the whole
frames decreased by the damage of the hanging wall. As
shown in Figure 11, the reduced value Pmax' in the full
wall specimens is 1.3 times as much as the value of Pmax
in the two specimens. It shows that the shear strength of
the hanging wall in the large hanging wall specimens can
be estimated comparatively by the test results of the full
wall specimens.

Figure 9: Breakage of center column
(4P12#12#12N, R=1/30rad)
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(a) 2P12#12N
Figure 10: Restoring force characteristics of hanging wall
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Figure 13: Shear force of column Qc
( ▼:Breakage of column)

As shown in Figure 14, the shear force of each column is
given by Equation (5) assuming a pin joint of the column
base.

Qc 
1820

0.15

10

Shear force Qc (kN)

2.3.3 SHEAR FORCE OF COLUMNS
The current method assumes the following. Each column
in the frames with the hanging walls bears the hanging
walls of the length which is the sum of a half of the
distances to the adjacent columns. The restoring force
characteristics of the whole structure is calculated as the
sum of the restoring force characteristics of each
independent column with hanging walls.
According to the current method, the length of the
bearing hanging wall of each column of the 4P large
hanging wall specimen is 1P (=910mm) in the side
columns and 2P (=1820mm) in the center column as
shown in Figure 12. Thus, the shear force of each
column is in the ratio in 1:2:1 from left to right. In other
words, the current method assumes that the shear force
of each column is independent and the center column
shares the shear force twice as much as that of the side
columns. Furthermore, the current method take zero for
the shear force of the broken columns after breakage.
Figure 13 shows the relationship between the shear force
of the columns Qc and the rotational angle R in the plus
loading in the three specimens whose columns broke.
From Figure 13, it can be seen that the broken columns
did not lose the shear force just after breakage but kept
the shear force to some extent. In the three specimens,
shear force of the rear column was lower than that of the
other columns until breakage of the columns occurred.
The same tendency is shown in the minus loading
although the front column and the rear column
exchanged.

Shear force Qc (kN)

Figure 11: Comparison between Pmax and P'max

910

0.15

3EI
h1

3

xc

(5)

where E is the Young's modulus of the column, h1 is the
inner height between Sashigamoi and the ground sill and
xc is the bending deformation of the column under the
Sashigamoi. If the bending deformation is the same in all
the columns, the ratio of the shear force of each column
is depend on the bending rigidity EI of each column.
In this paper, we define the ratio of the shear force of
each column to the sum of the shear force of all the
columns as the sharing ratio. Figure 15 shows the
relationship of the sharing ratio of the columns and the
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rotational angle R in 4P12#12#12N in the plus loading.
As shown in Figure 15, it can be seen that the share ratio
was generally constant until the center column broke and
changed after then. Figure 16 shows the comparison
between the share ratio calculated by Equation (3) of the
test result about just before breakage of column and the
ratio of the bending rigidity calculated by the bending
Young's modulus MOE and the previously mentioned
geometrical moment of inertia I. As shown in Figure 16,
the shear ratio in the test is not determined by the
bending rigidity of the columns.
As stated above, it is considered that the current method
different from the test results in that the current method
take the approach dividing a frame with hanging walls
into each independent column with hanging walls.

Sharing ratio

1

Front column
Center column
Rear column

0.5

 c  uCD  RBC  h1

(+)
(-)

0.05
0.1
Rotational angle R (rad)

Figure 15:
Sharing ratio (4P12#12#12N,▼:Breakage of column)

Sharing ratio

0.6
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0.2
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0.1
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Qc 
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Figure 16: Comparison of sharing ratio (4P12#12#12N)
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Figure 17: Deformation of columns
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Figure 20 shows the comparison of the shear force Qc
between Equation (3) and Equation (7) in 4P12#12#12N.
Equation (7) generally evaluates Equation (3) until each
column breaks in the center column and the rear column
(Figure 20 (b) and (c) refer). Although there is a
difference in large deformation, Equation (7) generally
Front column

h2

h1



A

(6)

where, uCD is the horizontal displacement of the column
at the height of the lower end of the Sashigamoi (the
relative displacement between C and D). Figure 18
shows the relative horizon displacement uCD and Figure
19 shows the bending deformation c of the columns in
4P12#12#12N. Although there is little difference
between uCD of each column, c is remarkably various
and large in order of the center column, the front column
and the rear column. The reason is considered that the
restraint of the columns at the joint by the Sashigamoi is
different due to the location against the loading direction
and the RBC of each column is various at Equation (6).
Using the bending deformation of column c obtained by
Equation (6), we calculate the shear force of the columns
Qc by Equation (7) assuming that the load-displacement
relationship of the columns is linear and the column base
is a pin joint.

(+)

0
0

Next, as shown in Figure 17, we define the points of the
heights of the column capital, the upper and lower end of
the Sashogamoi and the column base as the point A, B,
C and D, respectively. The relative heights are
h2=1800mm between A and B, hs=270mm between B
and C, h1=1800mm between C and D and h=3870mm
between A and D. The rotational angles of the columns
such as RAB, RBC and RCD are calculated by dividing the
relative horizontal displacement between any two points
by the inner height. Besides, the horizontal
displacements of A and D are equal to those of the cross
beam and the ground sill, respectively. In all the large
hanging wall specimens, the values of the rotational
angles of the columns shows the relationship of RAB <
RBC < RCD.
As shown in Figure 17 (a), the bending deformation of
the column c is defined by the Equation (6).

0.05
0.1
Rotational angle R (rad)

Figure 18:
Relative horizon displacement uCD
( 4P12#12#12N)

0
0

0.05
0.1
Rotational angle R (rad)

Figure 19:
Bending deformation c
( 4P12#12#12N)
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Figure 20: Restoring force characteristics of columns (4P12#12#12N, ▼:Breakage of column)

2.3.4 DEFORMATION OF COLUMNS
As shown in Figure 17 (b), the top displacement of the
large hanging wall specimens  is expressed by Equation
(8) ~ (11).

  w  s  c

(8)

 w  RAB  h

(9)

 s  RBC  RAB   hs  h1 

(10)

 c  RCD  RBC   h1

1

Front column
Center column
Rear column

s /

evaluates Equation (3) until almost 0.03rad in the front
column (Figure 20 (a) refer).
From the above, it is considered that the shear force of
the columns in the large hanging wall specimens is
different until breakage due to the rotational angle at the
height of the Sashigamoi RBC, that is, the restraint of the
columns at the joint by the Sashigamoi. In particular, we
can guess that the reason why the shear force of the rear
column is lower than the other columns is that a gap
between the column and the lower end of the Sashigamoi
occurs, the rotational angle of the column at the height of
the Sashigamoi become large and the bending
deformation is smaller than the other columns.

(-)

0.5

(+)

0
0

(+)

0.05
0.1
Rotational angle R (rad)

Figure 21: Value of s/ (4P12#12#12N)

2.3.5 FLEXURAL CAPACITY OF COLUMNS
This section shows the relationship between the
maximum tensile stress and the flexural strength of the
columns which broke in the tests. Furthermore, we
consider the judgement of breakage of the columns by
the current method.
The current method calculates the horizontal force when
a column breaks Pcr by Equation (12).

Pcr 

(11)

where, w is the horizontal displacement by the shear
deformation of the hanging wall, s is the horizontal
displacement by the rotational deformation at the height
of the Sashigamoi and c is the bending deformation of
the column under the lower end of the Sashigamoi. The
current method calculates the top displacement  by the
sum of the horizontal displacement by the shear
deformation of the hanging wall w and the bending
deformation of the column c. That is, the current
method do not consider the horizontal displacement by
the rotational deformation at the height of the
Sashigamoi s and estimate the top deformation  lower
by s.
Figure 21 shows the value of s/ in 4P12#12#12N. It
can be seen that s/ is about 40% in the side columns
and about 20% in the center column. Thus, it is consider
that the rotational deformation at the height of the
Sashigamoi affect the top displacement of a whole
structure.

Z e Fb
h1

(12)

where Ze is the effective section modulus of the column
at the joint that is 0.75Z (the full section modulus Z) and
Fb is the flexural strength of the column.
We calculated the Ze of the columns in the large hanging
wall specimens considering the partial loss of areas in
the joints. Thereby, the Ze of the center column and the
side column are 0.65Z and 0.68Z, respectively. The Ze in
the tests is less than 0.75Z assumed in the current
method.
Next, we calculated the maximum tensile stress at the
joint maxt of all the broken columns by Equation (13) ~
(16). Here, the tensile force was set as the positive.

t   w   n   m

(13)

 w  Wi / Ae

(14)

max

WCTE 2016 e-book | 4531

 ( P  h) /(l  Ae )  Left column

n 

( P  h) /(l  Ae )  Right column
0

(15)

 Center column

 m  max M f / Z e

(16)

max t

 , MOR (N/mm2)

We assumed that the maximum tensile stress is the sum
of the three kinds of stress (the axial force of the vertical
load and the self-weight w, the axial force varied by the
rigid rotation of the whole structure n and the tensile
stress by the bending moment at the height of the lower
end of the Sashigamoi m). Wi is the axial force of the
vertical load and the self-weight in each column. Ae and
Ze are the sectional area and the section modulus at the
minimum cross section, respectively. l is the distance
between the both side columns. maxMf is the absolute
maximum bending moment at the height of the lower
end of the Sashigamoi. Moreover, we assumed that the
specimens revolve around the center of the ground sill.
In calculating, it is confirmed that the values of the w
and n are very small and around 10% of that of the m.
Figure 22 shows the relationship between the maximum
tensile stress maxt and the flexural strength MOR of all
the broken columns. The two values of each column are
shown in the figure because the two sides of each
column in the test were strained by cyclic loading. As
shown in the figure, the maxt of the front columns had
the tendency to be almost the same value of the MOR.
On the other hand, the maxt of the rear columns and the
center columns tended to be smaller than the MOR. Also,
we confirmed that the columns of the specimens in this
test tend to break at the tensile stress which is about the
half of the flexural strength MOR in the rear columns
because the rear columns have large strain in the corners
of the inner part of the joint which lead to a crack [7].
This is one of the reason why the rear column in spite of
the smaller shear force broke earlier than the front
column in 2P12#12 and 4P12-12-12. However, the
current method is possible to fail to correctly judge
breakage of column like the rear column in the tests for
the above reason (refer to Equation (12)).

60

Front column
Rear column

Center column
MOR

50
40
30
20
10
0

Left Right Left Center Right Left Center Right

2P12#12

4P12#12#12N

4P12-12-12

Figure 22: Relationship between maximum tensile stress maxt
and flexural strength MOR

3. SEISMIC PERFORMANCE
EVALUATION
Based on the current method, we evaluate the restoring
force characteristics of 4P12#12#12N in the two cases.
In the first case which assumes the seismic evaluation on
an existing structure, we use the mud wall model of the
current method as the hanging wall and the reference
strength (Japanese cedar of no grade in Japanese
Agricultural Standard [8]) as the material constants of
the columns. In the second case which assumes the
experimental simulation, we use the hysteresis
characteristic of F12#12N until 1/15rad as the hanging
wall and the values of MOE and MOR shown in Table 1
as the material constants of the columns. In addition, the
column break when the tensile stress at the joint reaches
the value of the maximum tensile stress maxt as shown in
Figure 22.
Figure 23 shows the evaluation result in the two cases
with the test result of 4P12#12#12N in the plus loading.
Although all the columns broke in the test, the seismic
evaluation case judges only the center column broken
and the experimental simulation case judges the center
column and the right(rear) column. As shown in Figure
23 (a), the current method generally corresponds with
the test result until 0.02rad. After judging breakage of
the center column, the restoring force P is about the half
as much as that of the test result. The maximum
restoring force Pmax is 0.6 times as much as that of the
test result. In the seismic performance evaluation,
although it is not necessarily bad to underestimate the
restoring force, there is a possibility to fail to judge the
breakage of the columns correctly. As shown in Figure
23 (b), the current method generally corresponds with
the test result until 0.01rad. After judging breakage of
the center column and the right(rear) column, the
restoring force P is about the half as much as that of the
test result. The maximum restoring force Pmax is 0.8
times as much as that of the test result. The result of the
experimental simulation is different from the test result
in judgement of the breakage of the column, the
rotational angle R when the columns break and the
restoring force characteristics after 0.01rad. The reasons
for that the current method fails to evaluate the test result
include the following. The current method divides the
frame into the independent columns with the hanging
walls, and estimates the shear force of the columns just
after breakage at zero. Moreover, it do not consider the
horizontal displacement of the whole structure by the
rotation deformation at the Sashigamoi joint.
From the above, it is revealed that there is room for
improvement on the current method of the seismic
evaluation on the frames with the hanging walls as for
evaluation on the restoring force characteristics and
breakage of the columns. After this, we are going to
propose a new method of seismic performance
evaluation on traditional timber frame structures with
large hanging walls.
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Figure 23: Comparison of restoring force characteristics

between test result and evaluation by Current method (4P12#12#12N)

4.

CONCLUSIONS

The major findings obtained from this paper are
summarized as follows:
a) The restoring force of mud walls obtained by the
current method is lower than that of the test results.
The restoring force characteristics of large hanging
walls can be calculated by the restoring force
characteristics of full walls which have the same
specification of wall.
b) Shear force of a column is not depend on only the
sum of half of the distances from the column to the
adjacent columns on the both sides, because shear
force is affected by the sectional performance and
Young’s modulus of the column, the location of the
column against the loading direction and breakage of
the surrounding columns.
c) From the above, it is revealed that there is room for
improvement on the current method in evaluation of
breakage of columns of timber frames with hanging
wall.
d) It is need to consider rotational deformation of
columns at joints in evaluation of deformation of
timber frames with hanging walls.
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THE SEISMIC REINFORCEMENT OF TRADITIONAL WOODEN
BUILDING BY THE WOODEN BUILT UP SEISMIC WALL WITH
RABBET JOINT
Natsumi Ta ayana i1, Yuya Ta ai a2, Shum i Tomido oro1, Koi hi Matsuno3
ABSTRACT: The authors already developed the wooden built-up seismic wall with rabbet joint. Then the authors
applied this earthquake-resistant element and carried out the reinforcement design of traditional wooden building which
passed after construction for 150 years in Hiraizumi, JAPAN. By measuring the microtremor for each stage of seismic
reinforcement works, the reinforcement effect of this earthquake-resistant element was confirmed. This paper
summarizes the results of shear loading tests of the target wall, the outline of seismic reinforcement design for
traditional wooden building, the outline of microtremor measurement of target one during a construction works.
KEYWORDS: Wooden architecture , The wooden built-up seismic wall with rabbet joint, Microtremor measurement,
seismic reinforcement

This study is targeted at the house of traditional wooden
architecture that have built for over 150 years in Hiraizumi, JAPAN. The building is carried out the seismic
reinforcement with the wooden built-up seismic wall
with rabbet joint have developed by Dr. Matsuno’s
laboratory of Toyo University. By measuring the
microtremor of the building, the authors confirmed
upgrading of the structural performance. That became
clear by comparing it with the result after the
construction if it was before construction.

－UP SEISMIC
2 THE WOODEN BUILT－
WALL WITH RABBET JOINT
2.1 OUTLINE OF THE WOODEN BUILT－UP
SEISMIC WALL WITH RABBET JOINT
The authors devised the wooden built-up seismic wall
method [1]. It make up the plane in three layers by
stacking narrow board that is joined the rabbet joint.
Thickness of narrow board in the inside is 20mm, the
outer one is 30mm.
30mm thick

20mm thick

Figure 2-1
1Natsumi

he composition o the target all
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of Science and engineering research course, Toyo University
2 Yuya Takaiwa, Doctoral Student, Dept. of Arch. and Urban
Design, Toyo University, M. Eng.
3 Koichi Matsuno, Professor, Department of Architecture, Toyo
University. Dr. Eng., matsuno@toyo.jp
2100 Kujirai, Kawagoe-shi, Saitama, Japan (350-8585)

3000

1 INTRODUCTION 123

1710

Figure 2-2

er ie o the target all

2.2 STATIC SHEAR LOADING TEST
The structural performance evaluation was carried out by
static shear loading test [3]. Specimens of the target wall
have two types. One does not have screws, another have
screws on the board in the inside and the outer board. In
addition, it was carried out static shear loading test of the
bearing wall of the structural plywood to be used for the
reinforcement of the wooden building [2].
Loading device was adopted an oil jack. Figure 6 shows
installation situation of specimen. Loading was
controlled by the movement of oil jack in accordance
with the loading program as shown in Figure 7, where
three cyclic loading were repeated in each targeted
deformation angles. After all loading was the end, shear
deformation angle of the specimen was carried out a
positive loading to reach the 1 / 10rad.
Figure5 and Table1 show the target wall of overview.
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member

Species
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60

80

The bearing wall of the structural plywood is the bearing
wall of the shinkabe style (the framing for the wall is set
between pillars that remain exposed on both sides) by
structural plywood. The structural plywood is the thickness
Table 2-2

Part

-20

perimental result

of 9mm, were fixed by nailing to the frame member.

-0.02

Sill

-40

Cross-section :
mm
120×120
120×120
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-

Species

Cross-section

Structural plywood(t=9mm)

Stud

Japanese cedar
(Laminated veneer lumber)

30×111

Frame
member

Japanese cedar
(Laminated veneer lumber)
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Beam

Japanese cedar
(Laminated veneer lumber)

120×240

Column

Japanese red pine

120×120

Sill

Khiva

120×120

3000
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Column

(a) Without screw
(b) With screw
Figure 2-5 Compare the specimens
The results of the tests of the target wall shows in the
following.
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Shear strengths were confirmed about 5kN in the test
body which does not use screws and about 10kN in test
body using a screw. The authors provided
experimentally that it is possible to adjust the structure
performance by the boundary constraint of the wall plate
and the column. The authors were comparing the results
of the structural plywood. In the target wall that does not
at all using the screws it became the restoring force
characteristics such as in toughness performance. The
specimen used screws, it was confirmed to have a high
shear strength, such as face material bearing wall and
damping wall. In addition, in the target wall to use the
dowel has been confirmed the shear strength from about
7kN of about 18kN as a load-bearing wall, variations due
to the boundary conditions are abundant [4].
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2.3 VIBRATION TABLE TESTS
The authors performed vibration table tests in the target
wall, it was confirmed the dynamic performance [5]. The
author added the weight of 2kN as vertical load on the
upper beam of the specimen, was subjected to vibration.
Input wave by a sine wave of 3Hz was entered the one
obtained by amplifying the acceleration every 10
seconds.
Compared to the vibration table test and the static shear
loading test, initial stiffness is consistent, similar results
were obtained.
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3 OUTLINE OF THE BUIRDING
This Building is the house of traditional wooden
architecture that have built for over 150 years in
Hiraizumi, Japan [8]. It has Japanese traditional style
room (Zashiki). Outline of the building and structure are
as shown in Table3-1. The ground plan and the crosssection of the building are as shown in Fig3-1 and 3-2.
Extension portion

3939

Study
room

Hearth

3848

Japanese style room
(Zashiki)

4 THE SEISMIC REINFORCEMENT
STRUCTURAL DESIGN
Traditional wooden architectures have a feature on the
structure that generally deformation performance is high
and rigidity is low. In today, a structural plywood is
adopted for the reinforcement method of the traditional
wooden buildings to increase the stiffness. However,
although the rigidity is high, the deformation
performance is lower than one of the traditional
buildings. Therefore, the authors considered the
introduction of the wooden built-up seismic wall with
rabbet joint. As has been confirmed by the performance
experiment of the target wall, it is high rigidity,
deformation performance is also a high wall
specification. In addition, the target wall is a loadbearing wall that is capable of tuning the wall
magnification without changing the appearance. As a
structural plan, the target walls are not adopted in
Japanese style rooms with mud walls, and modern
lifestyle rooms have the target walls.
Table 4-1 he
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The wooden built-up
seismic wall with rabbet joint

Figure 5-2
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.2 BEFORE REINFORCEMENT WORK
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MICROTREMOR MEASUREMENT
The microtremor measurements carried out from a start
of the reinforcement work to the completion four times
[7]. The first microtremor measurement was measured
by the one-way vibration analyzer instrument. The
second and subsequent microtremor measurements set
up a two-way accelerometers according to the shape of
the building, and was measured.

Figure 5-4

he one- ay i ration analy er instrument

4

2

.1 ANALYSIS METHODS
The servo acceleration sensors were fixed to the
measurement point in span direction (Y) and long-side
direction (X) of the target building by aluminum jig of
65mm.. The author recorded an acceleration to slightly
vibrate using FFT analyser. The response acceleration
waveform data that obtained in the measurement was
converted in FFT. And it was converted to the response
acceleration waveform data by the inverse FFT. Transfer
function was determined by the auto spectra and the
cross spectra as a phase reference in the acceleration
waveform of the ground surface. Natural frequency was
determined from the frequency showing the maximum of
the transfer function. Natural vibration mode was
determined by expressing the amplitude ratio at that
frequency as a vector component on the building shape
data. [6] [8]
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.3 REINFORCEMENT WORK START
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AFTER REINFORCEMENT WORK
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THE VIBRATION MODE
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4. after reinforcement work
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The measurement results after the seismic reinforcement
was the highest natural frequency. In addition, as a mode
detection, the vibration mode changed from the torsional
mode to translational mode. It was confirmed that
improved the horizontal stiffness.
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Table 5-4 Changes in the natural re uency
1
2
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X Direction
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wirhout
the target wall

2
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Figure 5-22 Changes in the natural re uency

CONCLUSIONS
From the results of the study of the seismic reinforcement
introduced the wooden built-up seismic wall with rabbet joint
in timber architecture, the following were confirmed.
Conduct static shear loading test of the walls, the authors
confirmed the target wall without screw has a toughness
performance, it have the characteristics such as damping wall.
The authors confirmed the target wall using screw has a high
strength, it has the properties such as bearing wall.
The authors provided experimentally that it is possible to adjust
the structure performance by the boundary constraint of the
wall plate and the column.
By raising the floor rigidity of the building, the authors were
able to introduce the wooden built-up seismic wall with rabbet
joint that having the high strength in traditional timber
architecture. The author were able to maintain Japanese style
room (Zashiki) by devising the arrangement of the wall.
The upgrading of the structural performance became
numerically evident in this building. The natural frequency was
about 1Hz rise in both directions.
The vibration mode changed from the torsional mode to
translational mode. It was confirmed that improved the
horizontal stiffness.
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EXPERIMENTAL STUDY ON STRUCTURAL RESPONSE OF TWO
STORY HOUSES FOCUSING ON DYNAMIC CHARACTERISTICS OF
EACH STORY
Masayoshi Komiyama1, Toshia i Sato2, Toi hiro Watana 3, Ta nori Hida4,
K nto Su u i , Yui hiro Masa i , Mi hio I u hi , Masayu i Na ano
ABSTRACT : Specimen is a two story wooden house which has equivalent aseismic performance on the structural
calculation about 1st and 2nd layer. When seismic waves were input in a shaking table, response of this building was
concentrated to 2nd layer, though each layer has equivalent aseismic performance. This phenomenon is examined from
proof stress based on skeleton curve and changes in vibration mode, in this report.
KEYWORDS: two story wooden houses, shaking table test, structural response

1 INTRODUCTION 123
Shear stiffness of Japanese wooden house include
stiffness of non-structural members. But this stiffness is
not considered in allowable stress design method.
Because natural period of current Japanese wooden
houses is very short, these houses seem to have high
aseismic performance. On the other hand, consideration is
not enough in the assessment of horizontal stiffness, from
the viewpoint of the performance-based Design.
Authors carried out static loading test and shaking table
test using full scale specimens without non-structural
elements.
First of all, from static loading test, the wall
magnification used for structural calculation was
examined in this report. After that, from the results of
shaking table test, response story drift and inertia of each
story is revealed. In addition, verified correspond the
result and design value from horizontal forces distribution
of 1st layer and 2nd layer.
Also, response of specimen was analysed by each order
of the vibration mode during input seismic wave.

2 OUTLINE OF EXPERIMENT

Figure 1 : specimen in this report
Table 1 : speci ication a out specimen

2.1 OUTLINE OF SPCIMEN
In this report, static loading test and shaking table test
using two-story wooden specimens were carried out.
Fig.1 shows the specimen. The plane dimension of
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ΣPi [kN]
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1.50
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75.75
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0.20

33.89

50.83

1.50
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specimens is 6.4 m X direction, 6.0 m Y direction. This
specimen is wooden frame with seismic elements. Fig.2
shows elevation and plan of specimens, before it is set
shear walls at excitation direction (it is equal to X
direction). This state of specimens is called “basic state”.
Specimens is used three kinds of bearing walls, which are
Brace, Ply, and Gypsum Board. And was set these walls
without eccentricity. Fig.3 shows outline of bearing walls,
and Fig.4 shows arrangement of shear wall magnification
in structure planes each story when specimens is set all
bearing walls. A value of shear wall magnification is
determined 1/120 radian, by 1.96 kN. (In the case of brace,
it is bearing 7.84 kN when the wall deformed 1/120 radian,
because its shear wall magnification is 4 times, in this
report.)

Specimens are consisted of glulam. Joint materials,
which set at column capital and base, were based on
allowable stress design. And ply (t = 24 mm) is fixed on
all floor system driving a nail every 130 mm. A
foundation is fixed with a steel frame stand.
Weight are placed on roof truss and 2nd floor as live
loads. Weight of roof floor is 5.04 ton and 2nd floor is
7.02 ton. Live load sufficiency rate of aseismic elements
with the addition of live and dead load to the required wall
amount on the structure calculation were adjusted to be
1.5 in each layer. Therefore, each layer has equivalent
aseismic performance on the structural calculation.
Table1 shows the seismic performance of the specimen at
the design stage. Here, i is the distribution of external
force. i is the necessary strength. e i is the retention
strength.

※The dimensions each member

roof truss ： 105×180 mm
2nd floor framing ： 105×240 mm
column・foundation ： 105×105 mm

※Wood Used in This Specimen

tree species ： Red Wood
woody material ： laminated wood

Weight

※Etcetera

All ply, which put floor frame
→ They are driven a nail every 130mm.

180

Joint materials, which set at column’s capital and base
→ It is decided to base on allowable stress design.
Specification of a nail
→ Length is 50 mm. ; Diameter is 2.75 mm.

240
2700
120

Steel Frame Stand

1000

1000

1000

1000

6000

Figure 2 : outline o specimen

1000

910

1000
300

910

910

910
6370

910

910

910
300

5940

2700

Twist Stopper
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Brace

・section size of diagonal members

( shear wall magnification : 4.0 )

In the case of
multiple shear wall

→ 45 mm × 90 mm

・t = 9 mm

Ply
( shear wall magnification : 2.5 )

Gypsum board

・setting a stud

+

・driving a nail every 150 mm

Brace
+

Gypsum board

・t = 13 mm

Gypsum Board

・setting a stud

( shear wall magnification : 0.48 )

・driving a nail every 150 mm

( shear wall magnification :
0.48 + 4.0 + 0.48 = 4.96 )

・associate bearing wall

Figure 3 : outline o shear alls

fixed point tower

laser displacement meter

2.98

2.98

0.48

2.98

2.5

2.5

Weight

4.0

Weight

2.98

4.48
0.48

accelerometer

2.98

2.98

2.5

2.5

contact type displacement meter
a groun

loor

Figure 4 : arrangement o shear alls an measuring instruments

n

loor
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Table 2 : speci ication o test cases

Number of Shear Wall
Brace

Ply

Presence Proof Stress
[kN]

Gypsum Board

1F

2F

1F

2F

1F

2F

1F

2F

Stage.1 (B)

2

1

0

0

0

0

7.13

14.27

0.50

Stage.2 (B+P)

2

1

6

4

0

0

24.97

41.02

0.61

Stage.3 (B+P+G)

2

1

6

4

11

2

26.68

50.44

0.53

2.2 OUTLINE OF STATIC LOADING TEST

load cell

loading direction

fixed point tower

Figure 5 : outline o static loa ing test

2.3 OUTLINE OF SHAKING TABLE TSET
Shaking table test was carried out to research the
response of specimens when seismic wave was inputted.
In this time, state of specimens is stage.3(B+P+G). And
excitation is only X direction. Specification of shaking
table is shown in Table3.
Seismic waves, used in this test, are 4 waves of the
following. BCJ Lv1 (50%), BCJ Lv1 and BCJ Lv2 are
created in Building Centre of Japan. And, Sendai was
recorded in a joint government building in Sendai, when
the Great East Japan Earthquake occurred in 2011. Fig.6
shows time history waveforms of acceleration and pseudo
velocity response spectrums which were inputted in this
test.
Added to this, STEP waves were inputted in the
shaking table to check the transition of the natural
frequency. These waves were inputted before and after the
seismic waves. Here, table.4 shows excitation schedule.

0

Acc. [gal]

-150

0

10

30

-300

40

BCJ Lv1 (50%)

300
0

50

-350

0

10

20

30

40

-400

60

50

BCJ Lv1

14.5 m × 15 m

Drive System

electrohydraulic servo system

Hydraulic Power Unit

hydraulic pump

Control System

acceleration control

Excitation Direction

only X direction
500 ton

stroke

± 220 mm

velocity

1 m/s

acceleration

500 gal

Capacity of
This Table

70

60

loading mass

pSv [kine]
60

h = 5%

70

40

max = 259 [gal]
0

50

100

150

200

Sendai

400
0

Size

max = 207 [gal]

350
0

Table 3 : speci ication o shaking ta le

max=103.5[gal]
20

winch

wire

In static loading test, specimen was prepared three
stages depending on the construction process. Base state
is wooden frame using only joint metal (See Fig.2). After
that, this test was carried out every time, when specimen
is added a kind of bearing wall. Construction stages and
presence proof stress are shown in Table2.
Loading method is explained as following. Specimens
are given horizontally force by winding the wire with the
winch, which is set on fixed point towers. Target is the
constant rate loading by manual control (1 cycle of winch
per 1 minute). End of loading sets, load or absolute
displacement reached 20 kN or 20 mm at the top of
specimens, to prevent damage of specimens.

150

Ratio
( 2F / 1F )

250

300

20

max = 356 [gal]
0

20

40

60

BCJ Lv2

80

100

a time history a e orm o acceleration
Figure 6 : outline o input seismic a es

120

Time [sec.]

0

0.1

1

Period [sec.]

10

pseu o elocity response spectrum
o acceleration
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2.4 MESUREMENT ITEMS
Specimens is set measuring instruments, which are
accelerometers, noncontact type displacement meters and
contact type displacement meters. These instruments are
also shown in Fig.4. Accelerometers and laser
displacement meters are set at roof floor in the same
arrangement as ground floor and 2nd floor.
Main measurement contents of each instrument is as
following. Accelerometers and laser displacement meters
measure building response each story, and contact type
displacement meters measure float of column base.
Because of accelerometers are put by three, it confirms
that each story is a rigid floor. This superscription is
revealed by the experimental results.
In static loading test, specimens is set load cell to
measure horizontally force, which effected the top of
specimens, added to the measuring point described above.
After this test, a load cell, winch, wire, and steel beam,
which is set on roof floor of specimens, were removed.

3 VERIFICATION ABOUT EFFECT OF
SHEAR WALL MAGNIFICANT
The purpose of this section was carried out to research
correctness about shear wall magnifications.
Presence proof stress, is shown in Table.2, was
calculated based on shear wall magnification. Here,
corresponding this value and test result is confirmed.
However, from this experiment, shear wall magnificent
cannot calculated. Because specimens experienced until
20 mm displacement (it is equal to 1/135 radian), the
strength is not obtained when specimens is deformed
1/120 radian. So, two thing using proof stress ratio of 2F
to 1F. As a result, Fig.7 is shown a load-displacement
relationship. Fig.8 is shown proof stress ratio each stage.
This Figure is indicate corresponding experimental and
design value when the value is closer to 1, because the
vertical axis is normalized value of each design value.
In a displacement of less than 1 mm, these value vary
widely about all stage. Although, in a displacement of
more than 1 mm, it is confirmed that ratio from
experimental result is compatible is design value, because
these values are distributed near 1. Thus, it is also
suggested that shear wall magnification is the right to
express presence proof stress.

4 ANALYSIS OF BUILDING RESPONSE
AND SEISMIC PERFORMANCE
4.1 CONFIRMATION OF BUILDING RESPONSE
Here, basic response of specimens is revealed. And this
specimen is researched whether if the performance is
equal to design value. Fig.9 shows that maximum
response story drift and external force of each story, and
these are normalized by each value of 1st layer. From this
figure, it is confirmed that the response displacement of
specimens concentrates to 2nd layer. Nevertheless, every
story have equivalent performance. From Fig.9(a), When
BCJ Lv1 was inputted, distribution of external forces
indicates below 1.26. (This number is distribution of i.)
But the other, external force of the two layers has a lower
value than the Ai distribution was assumed at the time of

Table 4 : e citation sche ule
No.

Detail

Setting and Level

1

STEP①

tatal amplitude : 0.1 mm

2

BCJ Lv1 (50%)

max acc. : 103.5 gal

3

STEP②

tatal amplitude : 0.1 mm

4

BCJ Lv1

max acc. : 207 gal

5

STEP③

tatal amplitude : 0.1 mm

6

Sendai

max acc. : 259 gal

7

STEP④

tatal amplitude : 0.1 mm

8

BCJ Lv2

max acc. : 356 gal

9

STEP⑤

tatal amplitude : 0.1 mm

Load [kN]

5

B

4

B+P

3

B+P+G

2

1
0

Story Drift [mm]
0

5

10
(a)

15

2F

Load [kN]

5

B

4

B+P

3

B+P+G

2
1
0

Story Drift [mm]
0

5

10

15

(b) 1F
Figure 7 : loa - isplacement relationship

4

Ratio (2F / 1F)

B

3

B+P

2

B+P+G

1
0

Story Drift [mm]

0

2

4

6

Figure 8 : comparati e esign an e perimental alue

WCTE 2016 e-book | 4546

Story

2

2

Story
A2 = 1.26

BCJ Lv1 (50%)
BCJ Lv1

1
0

Normalization

Load [kN]
0

20

40

60
a

0

Sendai

A1 = 1.00

BCJ Lv2
distribution of Ai

0

1

2

istri ution o ma e ternal orce

Story

2

1

2

Story

BCJ Lv1 (50%)
BCJ Lv1

1
0

Normalization

Story Drift [mm]

0

20

40

60

1

Sendai
BCJ Lv2

0

design value

0

1

2

istri ution o ma story ri t
Figure 9 : uil ing response
design. However, 2nd layer was big about maximum story
drift. According to the above results, it is confirmed that
the building response about displacement was focused on
2nd layer, despite ratio of external force was smaller than
design value. The question now arises. Specimens showed
difference response from the hypothesis, which is that
response of every story were considered to be same.
For the following discussions, aseismic performance
and cause of this response are investigated.

L2

A

4.2 STUDY OF COLUMN BASE JOINT
From the contact type displacement meter set at column
base to evaluate the effect of bending deformation. This
study examined the value of deformation about column
base of target plane every seismic waves. Study place is

2

0

R1
B

Figure 10 : stu y place

2

L2
L1

BCJLv1
(50%)

L1

Disp. [mm]

Disp. [mm]

1

R2

R2

1

BCJ Lv1

Sendai

(a) left side

Figure 11 : loat o column ase

BCJ Lv2

0

R1

BCJLv1
(50%)

BCJ Lv1

Sendai

(b) right side

BCJ Lv2
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shown in Fig.10. Fig.11 shows the result of the float each
structure plane. As this diagram indicates, the difference
between 1st and 2nd layer is striking, after Sendai inputted.
Especially, When BCJ Lv2 inputted, the float of 2nd layer
recorded about twice the deformation. Fig.12 shows
enlarged view of Part A and Part B in Fig.10. 1st layer
takes reaction force at the steel frame stand, and 2nd layer
is taking a reaction force at the column capital of 1F. Thus,
column bases in each layer are different specification. In
other words, their boundary condition is difference. It is a
possibility that this difference is effected the response of
specimens.

Column base
(2F)
Column capital
(1F)

a

art

Column base
(1F)

4.3 EVALUATION OF PROOF STRESS
In this section, aseismic performance are evaluated
with a skeleton curve like Chapter 3. The skeleton curve
was calculated by hysteresis loop. It is shown in Fig.13(a).
This line was made of the result from all seismic waves
inputted. Measuring point, which satisfied two conditions,
was evaluated as an element of skeleton curve. One of the
conditions is that max displacement in a loop reaches
virgin displacement. The other is that the point reached
virgin load. Next, experiment, which is proof stress ratio
of 2F to 1F, is compared with design value in Fig.13(b).
Design value in here is ratio of existence proof stress. (eQ2
/ eQ1 ≒ 0.53) When the story drift is 1mm or less, it is
considered effect of construction accuracy that ratio of
experimental value is bigger than design value. When the
story drift is 1mm or more, tendency for the experimental
value gradually approaches to the design value can be
confirmed. Thus, it is recognized that specimens have
near the design value as seismic performance.

Steel frame stand

art
Figure 12 : the i erence o column ase

Load [kN]

40

1F

20
Story Drift [mm]

0

0



ln 
2  t

10

20
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40

50

60

70

a skeleton cur e

4.4 SURVEY OF VIBRATION
CHARACTERISTIC DURING EXCITATION
USING SYSTEM IDENTIFICATION
4.4.1 Outlin o syst m id nti i ation
To see the change in the vibration mode when being
vibrated was calculated by using the system identification
based on subspace method. In this method, eigenvalue and
eigenmode are calculated by input data, which is
acceleration of ground, 2nd, and roof floor. A conceptual
diagram of this method is shown in Fig.14. Analysis
methods using the system identification using MOESP
method [1]. The acceleration waveform as an input is
divided by time width: 6 seconds, it was calculated
eigenvalue and eigenmode of each section every 3
seconds. Other parameters are set followings. System
order is 4. Block Hankel matrix is 20.
4.4.2 V ri i ation o th alidity a out th
id nti i ation r sults
Natural frequency is calculated using eigenvalue: λ
during the excitation from Eq.(1).

2F

Ratio (2F / 1F)

1
0.53
Story Drift [mm]

0

0

5

comparison o

10

15

20

25

esign an e perimental alues

Figure 13 : con irm o seismic per ormance
T [sec.]
30
20

Acc. [gal]

10
0

(1)

Here, is the natural frequency, Δ t is the sampling
period.
Fig.15 shows the transition of two kinds of natural
frequency. One natural frequency was obtained from the
system identification while another was calculated using

-10
-20
-30

10

1
11

12
1

13

14

15
Time [sec.]

From this area,
eigen value and eigen mode are calculated.

Figure 14 : conceptual iagram o system i enti ication
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acceleration of STEP wave vibration from Fourier
transfer. From this figure, since the identification and
experimental results are roughly correspond, it can said
that this analysis is appropriate.
4.4.3 Sur y o
ti mass ratio durin
itation
Effective mass ratio during excitation is examined
what kinds of distribution to consider about the points are
concentrated 2nd layer. Stimulation coefficients: sβ and
effective mass: s
are calculated using eigenmode:
{su} ,obtained as a result of identification, and mass
matrix: [ ] from Eq.(2) and Eq.(3). Here, s indicates the
order.
s

s



s u   1 
s u  s u

 s  s u

  s  s u

(2)
(3)

2nd effective mass ratio is shown in Fig.16. Looking
at this figure, until BCJ Lv1 input,
distributes about
20%. From Sendai input, it distributes wide range from
12% to 63%. This complex distribution is a possibility
caused by response concentrated to 2nd layer.

CONCLUSIONS

is different from the design phase. The cause of this
phenomenon was examined by three kinds of
investigation. Findings obtained include the following:
1) Column base joints are different boundary condition
in each layer. There is a possibility that this difference
is effected the response of specimens.
2) From investigation of proof stress ratio in each layer
based on skeleton curve, it is recognized that
specimens show seismic performance as expected of
design value.
3) It may be a factor of characteristic response that 2nd
effective mass ratio indicated complex distribution.
In this paper, clear cause of characteristic response
could not find, but something may be a cause could find.
It is a future problem to investigate these things carefully.
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FIRST CONSIDERATIONS ON THE DESIGN APPROACH AND CRITERIA
FOR SEISMIC RESISTANT MOMENT RESISTING AND BRACINGS
TIMBER FRAMES
Beatrice Faggiano1, Giacomo Iovane2
ABSTRACT:The recent development of timber structures, thanks to new materials more and more efficient from the
mechanical point of view, allows the application, as seismic resistant systems, of both framed and braced multistory
multispan timber structures, which are already well consolidated in the field of steel constructions, they offering
excellent seismic performances. Although materials are different, the structural systems have the similarity to be
assemblage of structural members connected each other. Therefore it is possible to apply the same seismic design
approach, by transferring the knowhow from steel to timber structures and adapting the design rules to the peculiarities
of timber. In particular the seismic design parameters are to be calibrated and the dissipative zones to be characterized,
they being the connections themselves or specific dissipative devices. In this perspective the paper presents the first
considerations on the seismic design of multistory moment resisting and braced timber structures.
KEYWORDS: Seismic resistant timber multistory structures, moment resisting and braced timber frames.

1 INTRODUCTION 123
In recent times the interest of the scientific community to
timber structures in seismic areas is enhanced, as it is
testified by the research activities carrying on
worldwide, like in Italy, New Zealand, Japan, devoted to
either experimental test campaign on structural systems
and nodal assemblages, or numerical modelling and
structural capability evaluation.
With regards to the seismic resistant structural type, the
acquired knowledge and technology on timber
engineering allow to introduce for timber multistory
multispan buildings the moment resisting frames and
concentric or eccentric braced structures, but also shear
wall and concrete wall frames and concrete core frames.
These structural systems are widely used and
consolidated in the steel constructions seismic
engineering. Even though steel and timber are different
materials for origins and mechanical properties, the
similarity between steel and timber structures comes
from the assemblage in both cases of members through
appropriate joints. The latter are primary structural
elements, which in case of timber structures should have
also the function of dissipative elements for seismic
resistant structures. In fact timber is a fragile material,
therefore in the perspective of the current approach for
seismic design, focused on the exploitation of the ductile
1

Beatrice Faggiano, faggiano@unina.it
Giacomo Iovane, giacomo.iovane @unina.it,
University of Naples Federico II, Dept. of Structures for
Engineering and Architecture (DiSt), Naples, Italy

2

capabilities of structures, the structural members could
not serve as dissipative zones. This role could also be
assumed by ad hoc conceived dissipation devices, as an
alternative to connections.
In this context it is possible to take advantage of the
knowhow on steel constructions related to the seismic
design criteria, according to the approach based on the
ductile and dissipation requirements, for setting up the
chapter of the seismic resistant structures in heavy
timber, adopting necessary adaptations corresponding to
the peculiarities of timber, which should be based on the
calibration of the fundamental parameters.
The crucial aspect is the conception of joints and or
dissipative devices. In timber structures engineering this
issue is certainly innovative, it requiring a significant
detailed study aimed at characterizing the mechanical
behavior of connections in terms of stiffness, strength
and ductility.

2 BRIEF STATE OF THE ART
Recent efforts on the research related to heavy timber
structures for seismic design are mainly devoted to the
experimental characterization of connections, structural
sub-assemblages and full-scale buildings. Examples are
the shaking table tests carried out by Kasal et al. (2010,
2014) on a 3D 3Stories small-scale frame with moment
connections made with special L-shaped aluminium
angles located at the top and the bottom of the beam end,
connected to the beam and the column through full
thread screws [1] and on a full scale 3D portal frame
with rigid connections made with self-tapping screws
and hardwood blocks ([2], Figure 1).
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dyn
namic analyses are performe
med. Some guid
delines on thee
imp
plementation of
o capacity deesign procedurres for braced
d
timb
ber frames (Figure 5) are prroposed.

[1]

[2]

Figure 1: Shaake table tests on timber framess by Kasal et all..

A 3D 3Storiies moment reesisting timbeer frame equippped
E
Dissippated
with the innnovative Postt tensioned Energy
(PTED) deviice was tested through a shaaking table tesst by
Smith et al. (2012, Figurre 2, [3]), exttending to tim
mber
PTED technological solutio
on already stuudied
frames the P
for precast buildings [4]] and steel moment
m
resissting
F [5, 6, 7].
frames, MRF

Figure 4: Analysis and shaking table test of a timber framee
with
h K-braced dam
mpers by Yamagguchi et al. [11]].

Figure 5: Seismic Performance oof braced timb
ber frames with
h
riveeted end connecctions by Popow
wski and Karaca
abeyli [12].

Figure 2: Dyynamic test on
n a moment reesisting frame with
PTED technollogy by Smith ett al. [3].

Concerning timber MR
RF, studies by
b Jorissen and
Fragiacomo (2011, [8]) are focused on the posssible
application of the capaacity design, assuming that
members shhould be overstrengthened as respectt to
connections, evidencing the
t need for experimental
e
ttests
t calibrate the
on nodal assemblages in order to
overstrength factors to bee applied for timber structuures.
oment connecction
A tentative cclassification of timber mo
as respect tto stiffness and
a
strength is attemptedd by
Leijten (2011, Figure 3, [9])
[
with refeerence to bothh the
non-reinforcced
dowell-type
fasttener
traditional
ns reinforced w
with
connections and the timbeer connection
steel plates; bbesides Zontaa et al. (2008, [10]) presentted a
methodologyy for the app
plication of the
t Displacem
ment
Based Desiggn, DBD, to glued laminaated timber poortal
frames.

Finally, timber walls are woorth mentioniing as laterall
d resisting sysstem for strucctures. In Sarti el al. (2014))
load
quaasi-static test on a singlee wall system
m and on a
colu
umn-wall-colu
umn coupled system both applying
a
post-tenssioned devices is presentedd (Figure 6, [13
3]).

Figure 6: Timber walls
w
systems teested by Sarti et al. [13].

Reccently Bezabeh et al. (2016,, [14]) have sttudied a steel-timb
ber hybrid structure (Figuure 7), which consists of a
steeel moment resisting
r
fram
me filled in with Crosss
Lam
minated Timb
ber (CLT) shhear panels. An
A equivalentt
visccous damping
g-ductility law
w for CLT, based on an
n
exteensive parameetric analyses is proposed.

Figure 7: Steel-tim
mber hybrid struucture by Bezab
beh et al. [14].

Figure 3: B
Bending momeent-rotation diiagrams aimedd at
mechanical claassification of joints
j
by Leijten
n [9].

With regardss to timber braaced frames a lower numbeer of
studies can bbe found. Yam
maguchi et al. (2012, Figurre 4,
[11]) carriedd out both quasi-static
q
lo
oading tests and
shaking tablee tests on a K braced fram
me equipped w
with
bracing damppers. Popowsk
ki and Karacaabeyli [12] carrried
out monotonnic and cyclicc tests on diag
gonal braces w
with
riveted end cconnections, with
w the aim at
a quantifyingg the
seismic behhaviour. Non--linear analyttical models are
developed foor diagonal brace members as well as forr the
entire bracedd frames. Non
n-linear static and time hisstory

t achieve a
A further effort still shouldd be done to
mprehensive knowledge
k
onn the seismic behaviour off
com
both
h global strucctural systemss and connectiions, to allow
w
the implementattion of codess of practicee for seismicc
design.

3 DESIGN OF
O TIMBE
ER SEISMIC
RESISTA
ANT STRUC
CTURES
ACCORD
DING TO E
EC8 AND NTC2008
N
3.1 THE EURO
OCODE 8 – P
PART 1 – CA
AP. 8:
SPECIFIC RULES FOR
R TIMBER
URES
STRUCTU
Acccording to Eu
urocode 8 (EC
C8, UNI EN 1998-1,
1
2005))
[15] it is possiblee to design tim
mber dissipativ
ve structures.
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Commonly, ddissipative strructures are co
onceived so thhat a
part of the seismic energy can be dissipated throough
cycles of inelastic deformaation of speciaal devices or pparts
z
specificcally
of the structuural elements (dissipative zones)
identified and introduced in
i the structurral scheme. Thhese
elements havve to ensure laarge plastic deeformation, beefore
collapse, whhile the remaaining parts of the structtural
elements havve to behave as
a elastic durin
ng the earthquuake.
the modern pphilosophy off seismic desig
gn at the Ultim
mate
Limit Statess (ULS) allow
ws reducing the linear elaastic
spectrum thhrough the so-called
s
beh
haviour factorr q,
trusting in thhe capability of
o the structurre to dissipatee the
seismic energgy.
The Eurocodde 8 providees different levels
l
of seissmic
energy dissippation capacity
y as a function of the structtural
type:

h a static ducctility ratio (rratio between
n the ultimatee
with
defo
formation and
d the deform
mation at the elastic limitt
evaaluated in quasi-static cyclicc tests) equal to 4 and 6 in
n
casee of DCM an
nd DCH strucctures, respecttively, with a
max
ximum resistaance reductionn equal to 20%
%.
Nev
vertheless, itt is not aalways easy to providee
exp
perimental tests, thereforee such requ
uirements aree
assu
umed as satisfied in case tthe thickness of the timberr
elem
ments and thee diameter of cconnectors are adequate. Iff
thiss conditions are not satisfieed, but at leasst a minimum
m
thicckness of the connected eleements is assu
ured, reduced
d
valu
ues of the q--factor shouldd be adopted
d as given in
n
Tab
ble 8.2 of the EC8
E reported in Figure 9.

a)

Structurees with "Low
w" capacity to
o dissipate eneergy
(DCL);
DCH)
b) Structurees with "Medium" (DCM) or "High" (D
capacityy to dissipate energy.
e

a) DCL struuctures are deesigned as elaastic, without any
particular reequirement fo
or elements and connectiions,
beyond whaat indicated for aseism
mic structuress in
Eurocode 5 (EC5, EN 19
995-1-1, 2005, [16]). Howeever,
for an even sm
mall extent of energy
e
dissipaation
accounting fo
capacity, thee behaviour faactor q, to be applied to redduce
the elastic reesponse spectrrum, is greaterr than 1 and eequal
to 1.5. Timber members, as well as thee connections,, are
n forces, withhout
verified on the basis of the design
applying the capacity desiign, as the hieerarchy resistaance
criterion.
n of the abilitty to
b) Dissipativve structures, as a function
dissipate eneergy, are classsified accordin
ng to two posssible
levels, High or Medium,, characterized by approprriate
values of thee behaviour faactor (q ˃1.5). Since timberr is a
material withh predominan
ntly elastic-briittle behaviouur up
to collapse, only connections can be
b consideredd as
while the timb
ber elements should behavve as
dissipative, w
elastic, theerefore desig
gned with an approprriate
overstrength as respect to
o the dissipaative elementss. In
this way the capacity design is applied,, with the purppose
to achieve plastic deformation conccentrated in the
a the ULS the desired collaapse
dissipative zoones, so that at
mechanism ccan develop.
Definitely, three ductiliity classes are
a
defined and
pologies with related behavviour
associated too structural typ
factors in Tabble 8.1 of EC8
8, here reporteed in Figure 88.
The values ggiven in Tablle 1 are the highest
h
usablee for
each structurral type; they still
s should bee reduced by 220%,
if full regularrity in elevatio
on is not provided.
The structuraal cases preseented in Tablee 1 could be uused
as seismic structures, if
i connection
ns are desiggned
according to specific detaiils.
d mechanical devices shoulld be
In particular,, materials and
able to perfform with an appropriate non-linear cyyclic
behaviour, bbeing connecctions assumeed as dissipaative
zones. Glueed joints sho
ould be con
nsidered as nnondissipative.
ve behaviour of connectionns is
The appropriiate dissipativ
assumed to bbe guaranteed
d, if they und
dergo cyclic ttests,
through a specific procedu
ure, consisting
g in 3 full cyccles,

Figure 8: Structural typologies annd behaviour factors
fa
q for thee
ductility classes acccording to Euro
rocode 8 [15]

Figure 9: Structural typologiees and behaviiour factors q
redu
uced according
g to Eurocode 8 [15].

Thee carpentry jo
oints, which caan be realized
d also in new
w
con
nstructions, co
ould be usedd only if they
y are able to
o
assu
ure an adequ
uate dissipatiion capacity. Such jointss
sho
ould not deveelop fragile collapse modes, due forr
exaample to shearr or tension inn perpendiculaar direction ass
resp
pect to the graain, and they could be used only on thee
basis of reliablee tests resultss, demonstrating the post-elasstic capabilitiees.
2008 – ITALIIAN TECHN
NICAL
3.2 THE NTC2
CODE FOR
R CONSTRU
UCTIONS. CHAP. 7.7:
TIMBER STRUCTURE
S
ES
n
Thee NTC 2008 [17], in the chaapter on the seismic design
of timber constrructions, fullyy refers to EC8,
E
with thee
y variation rellated to the duuctility classiffication of thee
only
stru
uctures. In Tab
ble 1, which ppresents the En
nglish version
n
of the
t Table 7.7..I of the NTC
C2008, the du
uctility classess
asso
ociated to thee structural tyypologies witth the related
d
beh
haviour factorss are defined.
In particular, similar
s
to ssteel constru
uctions, non--
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dissipative annd dissipativee structures, th
he latter divideed in
two ductilityy classes (CD)), low CDB an
nd high CDA , are
distinguishedd.
In Table 1, tthe behaviourr factor is ind
dicated as "q0 ", it
being the maximum referrence value, depending
d
onn the
tor is
structural typpology and thee ductility class. The q facto
calculated aas q=q0×Kr, where Kr is
i the reducction
coefficient ddue to irregullarities of thee structure, bbeing
equal to 1 aand 0.8 for reegular and irrregular structuures,
respectively. Definitely, du
ue to irregularrity the same E
EC8
20% reductioon is applied.
For non-dissiipative structu
ures q-factor is equal to 1.5 . No
capacity dessign is appllied, thereforre members and
connections aare verified on
n the basis of the design forrces,
without any overstrength. For CDB and
d CDA structuures,
r
q0 values rannge between 2-2.5 and 3-5 respectively.
It is worth nooticing that th
he structural ty
ypes presentedd are
few and theey do not in
nclude multi-story structuures.
Furthermore the detailed rules for the design are tottally
t connectio
ons as dissipaative
inadequate ffor realizing the
zones and aallowing a controlled
c
exp
ploitation off the
dissipative ccapacity as well
w
as the desired collaapse
modes.
ur factors q0 foor the
Table 1: Strucctural typologiees and behaviou
ductility classees according to
o NTC2008.
Class

A

B

q0
Structurres
with higgh
capacityy to
dissipatte
energy
Structurres
with low
w
capacityy to
dissipatte
energy

3
4
5

2

2.5

Examp
ples of structures
d wall panels with gllued diaphragms,
Nailed
conneccted with nails and bolts;
b
trusses with nnailed
joints
Hypersstatic portal frames with doweled and bbolted
joints
Nailed
d wall panels with nailed diaphragms,
conneccted with nails and bolts
b
Glued wall panels with glued diaphragms,
conneccted with nails and bolts;
b
trusses with
doweleed and bolted joints; mixed structures
consistting of timber framiing (resisting the
horizon
ntal forces) and non
n-load bearing infilll.
Hypersstatic portal frames with doweled and bbolted
joints

4 SEISM
MIC RESIS
STANT MR
R AND
BRACED TIMBE
ER STRUC
CTURES
4.1 STRUC
CTURAL TY
YPES
4.1.1 Generalities
mber framed structures can
n be made of ssolid
The heavy tim
or glue-laminnated timber.
Structural meembers can have square orr rectangular ssolid
cross sectionns, or box cro
oss sections; columns
c
can also
be composedd by two veertical elemen
nts adjacent eeach
other or coonnected by battens dispo
osed at consstant
spaces; latticce members may
m be realized
d.
Connections between thee elements caan be realizedd by
metal devicess, such as cylindrical
c
shhank
means of m
connectors, oor of carpentrry glued joints, the latter bbeing
deemed as nnot dissipativ
ve. Connection
ns should reaalize
various condditions of con
nstraint depend
ding on the sstatic
scheme of thhe structural type
t
adopted and
a in dissipaative
structures theey can have th
he function off dissipative zzone.
In this caase, for an appropriate conception of
connections, it is necessarry to apply th
he capacity deesign
between thee joint comp
ponents, so that
t
the ultim
mate
condition coorresponding to the plasticization of the

nnectors, thuss guaranteeinng high ducttility, can bee
con
ach
hieved. The dimensional feeatures of thee componentss
sho
ould be calibrated so that ffragile collapse modes aree
prev
vented.
In case
c
of dissipaative structurees timber mem
mbers have to
o
beh
have as elasticc and featuree adequate ov
verstrength ass
resp
pect to dissipaative elementss.
It iss also possiblee to equip the structure with
h specific fusee
elem
ments, so caalled links, w
which should
d provide an
n
adeequate ductile and dissipativve behaviour against cyclicc
load
ds. To this aim,
a
the connnection betw
ween link and
d
timb
ber members should have aan adequate ov
verstrength ass
resp
pect to the link
k.
In the
t field of tim
mber heavy fr
framed structu
ures, similarly
y
to steel seismic resistant strructures, it iss possible to
o
d
am
mong differeent types off
intrroduce the distinction
seissmic structurees, with refereence either to the structurall
systtem resistant to horizontal actions or, sp
pecifically forr
disssipative structtures, to the m
mode of dissiipation of thee
seissmic energy. They
T
are (Figuure 8):






Moment Ressisting Frame (MRF);
Frame with Concentric
C
Brracings (CBF));
Frame with Eccentric
E
Brac
acings (EBF);
Frame with shear
s
walls (SSWF);
Frame with concrete corees or concretee walls (CCF-CWF).

F-X
CBF

CBF-V

EBF
F

CCF-CW
WF

Figure 8:Seismic resistant
r
structtural types (acccording to EC8
8
– Stteel Structures) [13]

4.1..2 Moment Resisting Fraames
MR
RF are constittuted by the assemblage of
o beams and
d
colu
umns through
h connections.. Members aree subjected to
o
ben
nding, predom
minantly. Beaam-to-column
n connectionss
sho
ould be rigid
d, able to trransfer the cyclic
c
forces,,
inclluding bendin
ng, induced bby the seism. The column-foundation conneection can real
alize a fix or a pin restraint.
Fs could pressent, as dissiipative zones,,
Disssipative MRF
the connections themselves
t
beetween the meembers or thee
ks located at the beam endds (Figure 9).. The seismicc
link
eneergy dissipatiion could occcur through
h the plasticc
defo
formation of th
he connectionns or the linkss for cycles in
n
ben
nding, forming
g the so-calledd plastic hingees.

Figure 9: Examplee of link at the bbeam ends in a MRF.
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4.1.3 Frame with bracings
General
They are lattice structures that resist the horizontal
actions thanks to the diagonal bracings. Members are
mainly subjected to axial forces. The connections
between the structural elements should realize a pin
constraint.
Frames with bracings can be distinguished in frames
with concentric bracing, CBF and frames with eccentric
bracings, EBF, depending on the geometry and the
dissipative modality, as indicated hereafter.
Concentric Braced Frames
X braces (CBF-X, Figure 8). The diagonal braces can be
made of either steel or timber. In case of steel braces,
only the diagonal in tension is considered effective for
the purpose of resistance, while the diagonal in
compression can buckle and, at collapse, it is deemed as
not effective; for this reason, at the ultimate limit state,
the model of only diagonal in tension active is adopted.
In case of timber braces, both the diagonals in tension
and compression can be considered and dimensioned,
offering a high stiffness to the bracing frame even at the
ultimate limit state, therefore the model with both
diagonals actives could be adopted.
V Braces (CBF-V, Figure 8). Both diagonals in tension
and compression can be considered active. The
peculiarity of this configuration is that diagonal braces
converge in the beam, thus requiring specific design
criteria for the beam itself.
Dissipative CBFs could present as dissipative zones, in
case of steel braces, only the diagonal in tension, while,
in case of timber braces, the connections between
elements or the links placed at the braces ends. The
dissipation of the seismic energy could occur through the
plastic deformation of either diagonals in tension or
connections or links, if diagonals are made of steel or
timber, respectively, for cycles of axial forces.
Eccentric Braced Frames
The particular configuration of the diagonal braces
(Figure 8) allows to realize structures, which combine
the advantages of MRFs, such as freedom of space
composition and possibility of wide openings within the
façades, and that of CBFs, like the high lateral stiffness.
Dissipative EBFs could present as dissipative zones the
links. Such elements are geometrically and mechanically
identified in function of the position of the diagonals.
Generally, they can be located within the beams, but in
case of the inversed chevron braces, they can be vertical
elements, which join the diagonals vertex with the
middle of the beam. The dissipation of seismic energy
could occur through the plastic deformation of the links
for cycles of bending or shear or bending and shear.
4.1.4 Frames with shear walls, concrete cores or
concrete walls
These structures are composed by two combined
structural systems: a beam-column frame, which can be
made of both solid and glue-laminated timber, designed
only for vertical loads, and a vertical structural systems,
with stiffening and stabilization functions against

horizontal actions.
The bracing role can be fulfilled through several
systems, such as for example:







Timber X-LAM walls;
Timber-based or gypsum panels;
Masonry panels;
Reinforced concrete walls or cores;
Cold-formed steel structure panels;
Steel MR or Braced Frames.

4.2 DUCTILITY CLASSES
With reference to the structural ductility classes given in
the Eurocode 8 (§3.1) and NTC2008 (§3.2), each
structural type should be associated to the corresponding
behaviour factor q0. The latter should be defined as a
function of either the local characteristics of the
dissipative zones or the mechanical properties of
materials. Consequently, it is necessary to appropriately
conceive the dissipative devices and characterize the
specific constructive details, in order to calibrate the
behaviour factor.
The behaviour factor should be also related to the global
hyperstatic degree, it being differentiated, in case of
regular structures, by the number of spans and stories.
Furthermore, it should be associated to the ultimate
condition to be achieved according to the reference limit
state.
In case of steel dissipative devices, an adequate local
ductility of the elements that dissipate seismic energy
should be guaranteed by taking advantage of the cross
sections classes. Similarly to EC8 they are hereafter
reported in Table 2, as presented in Table 7.5.II of the
NTC2008.
Table 2: Ductility classes, behaviour factor q0 and cross
sections classes according to NTC 2008.
Ductility class
CD B
CD A

Reference value of the
behaviour factor q0
2 q04
q0˃4

Required cross-section
Class
Class 1 or 2
Class 1

4.3 SPECIFIC DESIGN RULES
4.3.1 Moment resisting frame
MRFs should be designed so that the plastic hinges form
in the beam-to-column and column-foundation
connections, suitably conceived for this purpose, or in
the links placed at the beams ends, in order to achieve a
ductile behaviour.
Dissipative elements should satisfy the following
conditions, in order to achieve a pure bending behaviour:
≤ 1;

,
,

,
,

,

≤ 0,50

≤ 0,15;

(1)
(2)

where j denotes the j-th dissipative element; MEd, NEd are
the design values of bending moment and axial force,
respectively; VEd,G is the design shear due to the nonseismic actions; VEd,M is the design shear corresponding

WCTE 2016 e-book | 4554

to the formation of plastic hinges in the dissipative
elements; Mpl,Rd, Npl,Rd and Vpl,Rd are the design plastic
resistances, in bending, tension and shear.
For non-dissipative elements, such as beams and
columns, the capacity design criterion should be satisfied
as it follows:
NEd = NEd,G+’Rd× Rd ×Ω×NEd,E

(3)

MEd = MEd,G+’Rd× Rd ×Ω×MEd,E

(4)

VEd = VEd,G+’Rd× Rd ×Ω×VEd,E

(5)

where NEd, MEd, VEd are the design values of axial force,
bending moment and shear; NEd,G, MEd,G, VEd,G are the
design values of axial force, bending moment and shear
due to the non-seismic actions; NEd,E, MEd,E, VEd,E are the
design values of axial force, bending moment and shear
due to seismic actions; Rd is the overstrength factor of
the material, which the dissipative element is made of
(both dissipative connections or links are made of steel);
’Rd is the overstrength factor, accounting for the
peculiarities of both the dissipative element and the
overall structural systems, where they are applied, it
should be properly calibrated; Ω is the coefficient of
structural overstrength, equal to the minimum value
among Ωi = Mpl,Rd,i/MEd,i calculated for all the dissipative
elements, being MEd,i the design bending moment of the
i-th dissipative element in seismic conditions and Mpl,Rd,i
the corresponding design plastic resistance.
The rotational equilibrium at the beam-to column node
should also be satisfied, in the condition of plastic
deformation of the dissipative elements placed in the
beams converging in the node, according to the
hierarchy resistance criterion, along with columns should
remain in the elastic range:
ΣMpl,Rd,i≥ RD ×ΣMpl,Rd,j

(6)

where Mpl,Rd,i is the design plastic resistance in bending
of the i-th timber column converging in the node,
calculated for the axial force in the column due to the
seismic combinations of actions; Mpl,Rd,j is the design
plastic resistance of the j-th dissipative element; RD is a
overstrength factor (for steel structures it is equal to 1.3).
Finally, in presence of links, the connections between the
links and the timber members should be designed for
having adequate overstrength, in order to avoid plastic
deformation of components. In particular, the bending
moment resistance of the connection, Mj,Rd, should
satisfy the following relationship:
Mj, Rd ≥ ’Rd× Rd × Mpl,Rd,j

(7)

4.3.2 FRAME WITH CONCENTRIC BRACES
Frame with steel concentric braces
Dissipative CBFs with steel braces present, as dissipative
elements, the diagonals in tension. The seismic energy
dissipation occurs through the yielding of the diagonals
in tension for cycles of axial forces.
The design rules related to steel structures with
concentric bracings given in the section 7.5.5 of NTC
2008 and section 6.7 of EC8 could be applied.
For dissipative elements, such as the diagonals, the

following conditions should be satisfied for ensuring
adequate cyclic behaviour:





Diagonals should belong to the first or second
ductility class;
In case of tubular or box-shaped diagonal, the local
slenderness should not exceed the following values,
respectively: diameter/thickness, d/t≤ 36, and
width/thickness ≤ 18;
The adimensional slenderness of the diagonals
should be limited, in order both to ensure a stable
cyclic behaviour and to obtain a global stability in
plastic range:
1.3 ≤ ̅ ≤ 2
̅≤ 2





for X bracing

(8)

for V bracing;

(9)

the coefficient of structural overstrength,
Ωi=Npl,Rd,i/NEd,i, calculated for all bracing elements,
should differ no more than 25% between the
maximum and the minimum values, in order to
ensure a homogeneous dissipative behaviour of the
diagonals along the structure;
In the elements in tension particular attention should
be paid to the weakened zones where bolted
connections are located; there, the standard codes
require the following check:
1,1

(10)

where A is the gross area and Ares is the resistant
area, such as the net area at the holes alignment
integrated by a possible strengthening area; M0 and
M2 are partial factors equal to 1.05 and 1.25,
respectively.
For non-dissipative elements, such as beams and
columns, the hierarchy resistance criterion should be
satisfied as it follows:
NEd = NEd,G+’Rd × Rd ×Ω×NEd,E

(11)

where the terms assumes the same meaning as in §4.3.1.
In particular the coefficient of structural overstrength Ω
is equal to the minimum value among Ωi = Npl,Rd,i/NEd,i
calculated for all dissipative elements, being NEd,i the
design axial force of the i-th diagonal in seismic
conditions and Npl,Rd,i the corresponding design plastic
resistance.
In case of V bracing the following design features should
be considered:




The diagonal in compression should be considered
active, so, at the ultimate limit state, it should be
designed to resist seismic actions as respect to
buckling;
At the ultimate limit states, the beams should resist
on one side against non-seismic actions disregarding
the support given by diagonals, on the other side
against the unbalanced vertical forces that develop
in case of seism, in case the diagonals in tension
yields and at the same time the diagonal in
compression buckle. This effect can be taken into
account by assuming an axial force equal to Npl,Rd in
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the diagonal in tension and to pb×Npl,Rd in the
diagonal in compression, being pb a factor that
allows to estimate the residual strength after
buckling.
Finally, the connections should be designed, in order to
have adequate overstrength. In particular, the axial force
of the connection, Nj,Rd, should satisfy the following
relationship:
Nj, Rd ≥ ’Rd× Rd × Npl,Rd,j

(12)

Frame with timber concentric braces
Dissipative CBFs with timber concentric braces present,
as dissipative zones, the connections between the
elements or the links placed at the braces ends. The
seismic energy dissipation occurs through the plastic
deformation of the connections or the links for cycles of
axial forces.
For non-dissipative elements, like beams, columns and
diagonals, the hierarchy resistance criterion should be
applied as it follows:
NEd = NEd,G+’Rd × Rd ×Ω×NEd,E

(13)

where the terms assume the same meaning as in §4.3.2.
Finally, the connections should be designed in order to
have adequate overstrength. In particular, the axial force
in the connection, Nj,Rd, should satisfy the following
relationship:
Nj, Rd ≥ ’Rd× Rd × Npl,Rd,j

(14)

4.3.3 FRAME WITH ECCENTRIC BRACINGS
Dissipative EBFs present, as dissipative zones, the links.
The seismic energy dissipation occurs through the plastic
deformation of the links for cycles of bending or shear or
bending and shear.
The design rules related to steel structures with eccentric
bracings given in the section 7.5.6 of NTC 2008 and
section 6.8 of EC8 could be applied.
The design of the dissipative elements, the links, should
reflect the dissipative behavior that they can exhibit. In
this regard, links are distinguished in 3 categories
depending on the length:


Short links: the dissipation occurs in shear;
,

0,8 1


,

Intermediate links: the dissipation occurs in
bending, combined with shear;
0,8 1



(15)

,

1,5 1

,

,
,

(17)

Long links: the dissipation occurs in bending.
1,5 1

,
,

(18)

where α is the ratio between the minimum and the
maximum bending moments at the link ends; Ml,Rd, and
Vl,Rd are the design bending and shear resistances of the
link, respectively. In case the link is made with double-T
profiles, they are defined, in absence of axial force, by

the following relationships:
(19)

,
,

(20)

√

When the design axial force NEd in the link exceeds 15%
of the plastic resistance in tension, Npl,Rd, the reduction
of the plastic shear and bending resistances of the link,
Vl,Rd and Ml,Rd, should be appropriately considered.
The link plastic rotation θp in the ultimate conditions
should be limited as it follows:


Short links:

0,08

(21)



Long links:

0,02

(22)

For the intermediate links the plastic rotation should be
determined by interpolation.
Both the ultimate bending, Mu, and shear, Vu, resistances
of the link should be obtained considering further
influencing aspects, like strain hardening, randomness of
the yield strength, presence of the reinforced concrete
slab on the link. They should be calculated as it follows:


Short links:



Long links:

0,75
1,5

,
,

1,5
2

,
,

(23)

(24)

For intermediate links the ultimate strength should be
determined by interpolation.
The coefficients of structural overstrength Ωi, calculated
for all links, should differ no more than 25% between the
maximum and the minimum vales, in order to ensure a
homogeneous dissipative behaviour of the links along
the structure. They should be calculated as it follows:


Short links: Ωi = 1,5×Ml,Rd,i /MEd,i

(25)



Long links: Ωi = 1,5×Vl,Rd,i /VEd,i

(26)

where MEd,i e VEd,i are the design values of bending
moment and shear obtained by the seismic combination.
For non-dissipative elements, such as beams, columns
and diagonals, the hierarchy resistance criterion should
be applied as it follows:
NEd = NEd,G+’Rd× Rd ×Ω×NEd,E

(27)

MEd = MEd,G+’Rd× Rd ×Ω×MEd,E

(28)

VEd = VEd,G+’Rd× Rd ×Ω×VEd,E

(29)

where the terms assume the same meaning as in §4.3.1.
The connections between the links and the timber
members should be designed with an adequate
overstrength, for avoiding the plastic deformation of the
components. In particular, depending on the category of
the link, the following relationships should be satisfied:
Nj, Rd ≥ ’Rd× Rd × Npl,Rd,j

(30)

Mj, Rd ≥ ’Rd× Rd × Mpl,Rd,j

(31)

Vj, Rd ≥ ’Rd× Rd × Vpl,Rd,j

(32)
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4.3.4 FRAMES WITH SHEAR WALLS,
CONCRETE CORES OR CONCRETE
WALLS
These structures are composed by two combined
structural systems. The beam-column frame, designed
only for vertical loads, can be made of both solid and
glue-laminated timber. The connections between the
timber members can be realized by metal connectors,
designed to provide a pin constraint, ensuring the
transfer of forces between the members.
The vertical structural systems, with stiffening and
stabilization functions against horizontal actions, should
be designed on the basis of the structural type and the
material adopted.
For dissipative structures, the timber beam-column
frame, resisting vertical loads only, and the connections
with the seismic-resistant structure should be designed
with an appropriate overstrength as respect to the bracing
dissipative system.

5 CONCLUSIVE REMARKS
For multistory timber buildings in seismic areas the
moment resisting frames and bracing systems appear to
be very promising. The expertise coming from steel
constructions could be a solid reference to approach this
issue and to provide the bases for the seismic design of
heavy timber structures. For the purpose of design
criteria calibration, huge both experimental and
analytical campaigns of investigation on both timber
connections, sub-assemblage and global systems is
required. In particular, it is necessary to define local
requirements for dissipative zones and properties of
materials; calibrate the behaviour factor, q0, for the
different ductility classes; specify the overstrength
factors, Rd; and therefore introduce the structural types
of timber moment resisting frames and bracing frames
with the respective design rules.
Studies will proceed in these articulated directions.
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Buildings made of dowel-laminated timber: joint and shear wall properties
Carmen Sandhaas1
ABSTRACT: Dowel-laminated timber (DLT) elements consist of lamellae arranged side-by-side that are connected
with beech dowels. Due to the glue-free DLT element layup, joints and shear walls potentially suffer from considerable
reduction of stiffness and load carrying capacity as metal fasteners inserted perpendicular to the element plane may be
placed in gaps between the single lamellae. Tests on typical joints showed that, depending on the fastener diameter, the
remaining load carrying capacity of joints in DLT in comparison to joints in solid wood may be only 25%. Tests on
DLT shear walls with different sheeting proved that the use of DLT structures as shear walls is only possible if at least
one-sided sheeting is used. Cyclic tests on DLT shear walls demonstrated that the DLT construction typology has energy dissipation properties similar to traditional timber frame construction. Analogously, preliminary behaviour factors
for DLT buildings evaluated with numerical models were also similar to those for timber frame buildings.
KEYWORDS: dowel-laminated timber, joints, shear walls, earthquake behaviour

1 INTRODUCTION 1
In the last decennia, a large variety of timber building
systems has been developed in Europe that complements
traditional timber frame buildings. This advent of novel
building systems can be explained with, among others,
better CNC machining technologies, developments regarding easier assembling and erection on site, improved
building physics behaviour and the general innovation
capacity of SMEs in the wood sector. Dowel-laminated
timber (DLT) belongs to these novel timber building
systems. DLT elements are glue-free and consist of
spruce lamellae arranged side-by-side that are connected
with beech dowels and are used as floor and wall elements in buildings, Figure 1.

Figure 1: Top: DLT element.
Bottom: Building made of DLT (photo: Kaufmann GmbH).
1

Carmen Sandhaas, Karlsruhe Institute of Technology,
sandhaas@kit.edu

Considerable research has been carried out concerning
DLT plates loaded out-of-plane, both timber-only [1]
and timber-concrete [2] applications. No research results
could be identified related to joint and shear wall behaviour. Joints, e. g. joints fastening wall elements to the
floor, and shear walls providing lateral stability are,
however, essential for DLT buildings.
Due to the glue-free layup of the DLT elements, gaps
between the single lamellae are present. Fasteners inserted perpendicular to the element plane could penetrate
these gaps, and the resulting joint stiffness and load
carrying capacity is expected to be significantly reduced.
This may subsequently also affect shear wall performance. Furthermore, lateral stiffness, strength and energy dissipation capacity of DLT shear walls are difficult
to assess as the lateral stiffness and capacity of DLT
elements themselves are unknown. In Eurocode 5, DLT
is only considered when used as floor elements where an
increase in strength of the single lamellae due to load
distribution effects may be taken into account (system
strength factor ksys, Eurocode 5, section 6.6) [3]. Further
information concerning joints and shear walls in DLT is
not included. Also current design handbooks do not
contain information on joints whereas, according to
Winter et al. [4], DLT shear walls with sheeting can be
designed analogously to timber frame wall diaphragms
(method A of Eurocode 5, section 9.2.4.2). This assumption is, however, not based on experimental evidence.
As a result, a testing series using typical joint setups for
DLT building typologies has been carried out together
with reference series using solid timber in order to investigate the influence of the gaps on joint behaviour. Concerning DLT shear walls, the influence of different
sheeting materials and joint layout on shear wall stiffness
and load carrying capacity was examined by carrying out
monotonic tests on shear wall specimens. Furthermore,
as DLT buildings are also built in earthquake regions,
quasi-static reversed cyclic tests were carried out to
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assess energy dissipation capacity. With the evaluated
experimental results, important knowledge gaps concerning joint and shear wall properties can be filled and DLT
buildings loaded statically can be designed by using e. g.
reduction factors for load carrying capacities of joints. A
brief outlook concerning behaviour factors for DLT
buildings that were evaluated using results from cyclic
shear wall tests concludes the contribution.

2 DOWEL-LAMINATED TIMBER
The general layup of DLT elements studied here is
shown in Figure 2 on the left. The 20 mm beech dowels
with a spacing of 300 mm are connecting the single
lamellae of spruce (Picea abies). The lamellae themselves have a fixed cross-section of 24 x 100 mm thus
resulting in a potential gap perpendicular to the element
plane every 24 mm. These standard DLT elements with a
width of 625 mm can be assembled to typical shear walls
as shown in Figure 2 on the right. The single DLT elements are not fastened together. In building practice,
DLT wall elements are pre-assembled in the factory
including top and bottom plates for their out-of-plane
stability during transportation and handling. Top and
bottom plates are fastened to the DLT elements with
inclined self-tapping screws (see also Figure 6). Usually,
sheeting is applied as well which is fastened along the
perimeter of every sheet using staples. On site, the wall
element is fastened to the floor plate using standard
angle brackets and, if necessary, hold-downs whose
fasteners are inserted perpendicular to the element plane.
The sheeting fulfils several functions. It supports the role
of the top and bottom plate in terms of out-of-plane stability and it is necessary for a satisfactory building physics performance as the DLT elements have inherent gaps
and thus cannot provide air tightness. Furthermore, up to
now it has been assumed that the sheeting is mechanically necessary as a diaphragm action of the walls can be
guaranteed only with sheeting. This assumption is based
on valid engineering assumptions and not on test results.

3 DLT JOINTS
An experimental programme covering different typical
DLT joint configurations has been carried out to assess
the influence of gaps between lamellae. As can be seen
in the sketch of a typical shear wall example, Figure 2 on
the right, annular ringed shank nails that fasten angle
brackets and hold-downs to the shear wall are inserted
perpendicular to the element plane and may thus be
inserted in the gaps. Also the staples fastening the sheeting, mostly OSB, to the DLT elements can be inserted in
the gaps potentially leading to a lower stiffness and
strength. Typical DLT joint configurations are hence
DLT-steel plate joints with ringed shank or smooth nails
and DLT-OSB joints with staples or coil nails, both with
a single shear plane. Figure 3 shows the test setup with a
symmetrical specimen where four joints with five fasteners each were tested. The used materials were DLT
elements with a width of about b = 310 mm (about 13
lamellae), a width of about b = 160 mm (about 7 lamellae), 0.75 mm steel plates with 31 x 80 smooth nails,
1.0 mm steel plates with 40 x 50 ringed annular shank
nails, 12 mm thick OSB/4 with 1.53 x 55 staples and
25 x 55 coil nails. The standard DLT elements were
produced with lamellae with a moisture content of about
12%. In some series, wet DLT elements were produced
and then dried after production to get wider gaps. Furthermore, the end distance of the beech dowel differed as
shown in Figure 3. The five fasteners of a joint were
inserted in the gaps (shown in Figure 3) or centrally in
the lamellae. For each tested configuration, a series using
solid wood (Picea abies) instead of DLT elements was
used to be able to compare the results and establish the
influence of the DLT elements. Four transducers were
used measuring the relative slip between wood and OSB
or steel plate. Due to the symmetrical setup, one (conservative) value per test for the load carrying capacity
Fmax and four values per test for the slip modulus Kser
were derived. Table 1 lists all tested configurations and
the measured density and moisture content (oven-dry
method). The used test protocol corresponded to EN
26891 [5] The test results are shown in Figure 4 and
Table 1.

[mm]

Figure 2: Left: DLT element, Right: Typical DLT shear wall.

[mm]

Figure 3: Setup for joint tests, DLT elements with a width of b
and different end distances of beech dowel (30 and 200 mm)
are shown. Here: fasteners inserted in gaps between lamellae.
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Table 1: Joint tests, mean values of test results, load carrying capacity Fmax and slip modulus Kser per joint with 5 fasteners,
COV in parenthesis.
Test series

n

Staples 1.53 x 55 with OSB/4 t = 12 mm
solid wood
5
491 (10.4%)
13.5 (2.0%)
5
482 (6.1%)
13.0 (3.1%)
in gaps, 7 lamellae*
In gaps, dried DLT+
3
503 (3.5%)
13.5 (3.3%)
in gaps
3
507 (6.3%)
12.8 (4.2%)
Smooth nails 31 x 80 with steel plate t = 0.75 mm
solid wood
3
486 (12.6%)
13.7 (3.0%)
in gaps
2
469 (3.6%)
12.6 (1.4%)
2
445 (1.9%)
12.0 (6.0%)
in gaps, dowel = 30 mm#
in lamellae
2
473 (3.4%)
13.2 (2.1%)
Annular ringed shank nails 40 x 50 with steel plate t = 1.0 mm
solid wood
3
443 (2.0%)
13.6 (4.0%)
in gaps
3
469 (6.0%)
12.2 (5.2%)
3
498 (0.3%)
12.5 (5.2%)
in gaps, dowel = 30 mm#
in lamellae
3
480 (4.7%)
12.4 (6.1%)
Coil nails 25 x 55 with OSB/4 t = 12 mm
solid wood
5
476 (8.7%)
12.4 (1.8%)
in gaps, dried DLT+
3
500 (3.2%)
14.2 (4.1%)
in gaps
3
457 (6.4%)
12.1 (2.2%)
3
516 (1.1%)
13.9 (5.3%)
in lamellae, dried DLT+
in lamellae
3
471 (4.7%)
11.5 (2.2%)

staples
coil nails
smooth nails
ringed nails

14
12
10
8
6
4
2
0

Solid wood

DLT_lam

DLT_dowel

DLT_gap

Figure 4: Test results for joints with five fasteners. DLT_lam:
fasteners in lamellae and dowel distance = 200 mm,
DLT_dowel: fasteners in gaps and dowel distance = 30 mm,
DLT_gap: fasteners in gaps and dowel distance = 200 mm.

The significant load drop of joints with DLT and fasteners with larger diameter in comparison to the solid wood
joints is evident. The mean value for the load carrying
capacity of a joint with five 4 mm ringed shank nails is
15.8 kN if solid wood is used and only 4.3 kN if DLT is
used and the nails are inserted in the gaps. Even if the
ringed shank nails are all inserted centrally in the lamellae, the mean load carrying capacity is only 9.0 kN and
hence less than half the mean value for joints in solid
wood. This can be explained with the thickness of the
lamellae of only 24 mm leading to premature splitting
already when inserting the nails. Also the position of the
beech dowel influences the load carrying capacity. If the
dowel is placed “underneath” the joint with an end distance of 30 mm, the mean value is 7.4 kN and slightly
higher than the 4.3 kN with the dowel “above” the joint.
Similar trends can be observed for the slip modulus Kser.
This trend of decreasing stiffness values and load carrying capacities becomes less significant with thinner fas-

Fmax, DLT /
Fmax, solidwood

Kser [kN/mm]

5.1 (8.3%)
4.5 (13.6%)
3.9 (13.1%)
5.0 (0.6%)

0.88

2.6 (16.4%)
1.8 (27.4%)
1.6 (39.9%)
4.0 (17.0%)

7.8 (23.7%)
2.5 (30.9%)
2.7 (32.9%)
5.3 (8.8%)

0.32

4.8 (17.0%)
2.5 (37.8%)
2.4 (73.0%)
6.1 (21.2%)

15.8 (4.6%)
4.3 (19.7%)
7.4 (23.1%)
9.0 (12.8%)

0.27

4.6 (12.3%)
1.3 (56.3%)
3.8 (39.1%)
4.3 (36.3%)

7.0 (6.3%)
2.9 (9.2%)
4.8 (1.3%)
5.7 (9.8%)
5.9 (21.2%)

-

4.3 (19.1%)
1.5 (54.3%)
4.8 (10.0%)
2.8 (8.3%)
3.8 (18.0%)

0.69

teners. Staples, for instance, show much smaller load
drops due to the thin shanks that do not cause premature
splitting and due to the fact, that only one of two shanks
is inserted in the gaps. While a ductile Johansen embedment failure mode with one yield moment could be observed for all joints in solid wood, especially the fasteners with larger diameters in joints with DLT simply
rotated in the gaps resp. the lamellae not showing significant plastic deformation. The dependency of the maximum capacity reduction (fasteners in gaps) depending on
the fastener diameter is shown in Figure 5, the numerical
values that define the reduction line are given in Table 1.
As a conclusion, load carrying capacities calculated with
the Johansen model of joints in DLT need to be reduced
with appropriate reduction factors. A practical solution
for a possible reduction factor kred could be:

FDLT = k red  FJohansen

with

for 1.5 mm  d  3mm
⎧ 0.4  d + 1.5
k red = ⎨
0.05
d
0.45
for
3mm  d  4 mm


+
⎩

Fmax, DLT
Fmax,solidwood

Load carrying capacity per joint [kN]

18
16

Fmax [kN]

u [%]

ru [%]

1.0
0.9
0.8
0.7
0.6
0.5
0.4
0.3
0.2

(1)

test results
Eq. (1)

1.5

2.5
3.5
Fastener diameter in mm

Figure 5: Ratio of minimum load carrying capacity of joints in
DLT Fmax, DLT over load carrying capacity of joints in solid
wood Fmax, solidwood in dependence of fastener diameter; test
results in Table 1.
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Equation (1) is based on mean results of few tests and it
is conservative as only results were considered where all
fasteners were inserted in the gaps between the lamellae.
More detailed results, e. g. fastener and steel plate properties, fastener spacing and all load-slip data, can be
taken from literature [6].

4 DLT SHEAR WALLS
A typical layout of shear walls in DLT buildings is
shown in Figure 2 on the right. The shear walls consist
of several DLT elements with top and bottom plate and
additional sheeting. As already discussed, the contribution of the DLT elements to the lateral stiffness and
capacity of the shear walls and the influence of different
sheeting material (OSB and gypsum plasterboard (GPB))
and arrangement so far is unknown. Monotonic tests on
2.5 x 2.5 m2 shear walls according to EN 26891 [5],
series A to E, were carried out to assess these properties
where the wall elements were fastened rigidly in order to
exclude any influence of the top or bottom fastening.
The layup of the tested shear walls is shown in Figure 6
and the sheeting layout of the single series A to E is
given in Table 2. Generally, the sheeting was shorter
than the wall height in order to allow for free rotation.
Figure 7 shows the measuring equipment used for both
monotonic and cyclic tests.
Apart from the influence of different sheeting on the
lateral properties, also the influence of different joint
solutions to fasten prefabricated DLT shear wall elements to the flooring has to be established. Three different fastening solutions, series G to K, were selected
which are shown in Figure 8 and Figure 9. In series G to
K the sheeting consisted of one-sided OSB panels. The
fastening detail of series G consisted of a bottom plate

that is mounted on-site. The wall element with longer
OSB panels on both sides was inserted and fastened with
staples and, in the case of series K, with additional holddowns. In series J instead, the bottom plate is part of the
prefabricated wall. On site, the wall element is fastened
with steel brackets and hold-downs which are both fastened with ringed nails.
Besides assessing the lateral stiffness and capacity of
DLT walls with different fastening solutions, also quasistatic cyclic tests according to EN 12512 [8] were carried out. The cyclic tests served to evaluate the energy
dissipation capacities of DLT shear wall systems. Measured displacements used in this paper are solely horizontal displacements at wall top. More information is given
in [6].

[mm]

Figure 6: Standard shear wall, here with OSB sheeting.

Table 2: Monotonic shear wall tests. Fmax = ultimate load carrying capacity. UFmax = horizontal displacement at Fmax. f5mm = lateral
load carrying capacity at 5 mm horizontal displacement at top of wall per meter wall. Kser = lateral stiffness. Designation: “0” = no
vertical load, “10” = 10 kN/m vertical load.
Series
n
Fmax [kN]
UFmax [mm]
f5mm [kN/m]
A - No sheeting, only DLT elements
A_0
1
18
150
2
A_10
2
16
136
2
B - 12.5 mm GPB on both sides
B_0
1
44
70
4
B_10
2
36
65
5
C - 12.5 mm GBP and 12 mm OSB/4
C_0
1
68
80
6
C_10
2
60
66
7
D - 12 mm OSB/4 on one side
D_0
1
57
36
5
D_10
2
63
51
6
E - 12 mm OSB/4 on both sides
E_0
1
79
68
7
E_10
1
82
99
7
G – bottom plate mounted on site
G_10
1
35
61
4
K – same as G, but with hold-downs
K_10
1
49
89
4
J – steel brackets and hold-downs
J_0
1
50
101
4
J_10
1
50
146
4
Timber frame wall 2.55 m x 2.5 m with one-sided OSB/3 fastened with staples 1.53 x 64, e = 50 mm*
PO_10
1
50
51
5
*
taken from Blaß and Schädle [7]. Lower horizontal movement had been blocked.

Kser [kN/mm]
0.6
0.5
2.2
1.6
2.7
2.5
2.3
2.3
3.0
2.8
1.4
1.6
1.2
1.4
1.9
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Figure 7: Arrangement of measuring equipment.

[mm]

Figure 8: Joint details series G and K.

[mm]

Figure 9: Joint details series J.

Monotonic test results
The results of the monotonic tests as given in Figure 10
and Table 2 clearly show that DLT shear wall elements
need additional sheeting in order to be considered as
lateral load carrying elements. Both stiffness and load
carrying capacity of series A was much lower than for
series B to E with sheeting. Already adding GPB sheeting on both sides, series B, led to two times higher capacity and more than 3 times higher stiffness. Also the
results for “serviceability limit state”, the capacity f5mm
at 5 mm horizontal displacement at wall top that corresponds to a criterion of H/500 (with H the wall height),
gave insufficient values for non-sheeted walls. Also
here, adding GPB doubled the obtained values. Furthermore, as all tested walls deformed analogously to timber
frame walls with governing “rhombic” deformations, as
the sheeting is fastened along its perimeter and top and
bottom plate are continuous, standard calculation meth-

ods for timber frame walls can be used to design DLT
shear walls (e. g. the already mentioned methods for wall
diaphragms in Eurocode 5). Lastly, values for lateral
stiffness and load carrying capacity did not double in the
case of both-sided sheeting in comparison to one-sided
sheeting. This can be confirmed with data from literature
for timber frame walls [7].
The results for the different fastening solutions, series G
to K, did not show large differences among each other
except for the ultimate deformations UFmax. In series K,
the influence of the additional hold-down could be seen
in the higher value for the ultimate load Fmax in comparison to series G without hold-down. However, the values
for f5mm and stiffness Kser did not differ considerably as
the hold-down started contributing only at larger deformations. Generally, the test results were conservative as
the lower horizontal movement of the entire wall element had not been blocked. Therefore, the influence of
perpendicular walls blocking horizontal movement had
not been taken into account. All wall elements showed
ductile failure with significant inclination of the elements and hence significant rotation of the sheeting.
Subsequently, the staples fastening the sheeting to the
DLT elements developed plastic hinges. The executed
shear wall tests for DLT walls did not show significantly
better results than shear wall tests on timber frame structures (same test setup and same dimensions) taken from
Blaß and Schädle [7] which are also given in Table 2. It
must be noted though that the horizontal movement of
the tested timber frame walls had been blocked leading
to lower ultimate deformation and probably also to higher stiffness.
Cyclic test results
Table 3 gives the results for the cyclic tests on DLT wall
elements with three different fastening solutions and
results for timber frame walls of the same dimensions
taken again from Blaß and Schädle [7]. Equivalent viscous damping υ per half cycle has been calculated according to EN 12512 [8]. Both υ and strength degradation F have been evaluated for the cycles at Fmax (Fmax
corresponds thus to the maximum force of the first of
three cycles). Evaluated values for the equivalent viscous
damping of the first cycle of DLT wall elements are
similar to those of timber frame wall elements and lie
between 13% and 16%. Also the reduction of equivalent
viscous damping between first and third cycle is similar
for both wall systems as well as the general shape of the
hysteresis curves where one typical example is shown in
Figure 11. The strength degradation between first and
third cycle is with 20% to 30% largest for series J and, in
terms of seismic design, even too large as Eurocode 8
sets a limit of 20% for impairment of strength [9]. Series
G, where no hold-downs were used, performed unexpectedly well. In comparison to the monotonic test results, Table 2, the ultimate load carrying capacity Fmax is
higher and more similar to Fmax of series K and J, which
may be due to natural scatter of results (only one wall
tested). The importance of hold-downs in DLT structures
may thus be overrated if they are applied on the wall
sides. However, only few tests were carried out, therefore no conclusive statements are possible.
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Figure 10: Monotonic tests. Lateral load versus horizontal displacement at wall top.
Table 3: Cyclic shear wall tests. Fmax = ultimate load carrying capacity. UFmax = horizontal displacement at Fmax. Equivalent viscous
damping over the first half cycle, υEd,1, and over the third half cycle, υEd,3. F3 = strength degradation between first and third cycle.
All calculated for the cycles at Fmax. Designation: “10” = 10 kN/m vertical load, “20” = 20 kN/m vertical load.
UFmax [mm]
n
Series
Fmax [kN]
υEd,1 [%]
υEd,3 [%]
G – bottom plate mounted on site
G_cyc_10
1
46
59
16.0
10.3
G_cyc_20
1
48
59
16.2
11.5
K – same as G, but with hold-downs
K_cyc_10
1
56
60
16.4
12.6
J – steel brackets and hold-downs
J_cyc_10
1
50
89
13.6
11.2
J_cyc_20
1
50
88
16.6
15.6
Timber frame wall 2.55 m x 2.5 m with one-sided OSB/3 fastened with staples 1.53 x 64, e = 50 mm*
ZYK_10
1
51
60
13.0
9.0
*
taken from Blaß and Schädle [7]. Lower horizontal movement had been blocked.
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Figure 11: Typical hysteresis curves evaluated during quasistatic reversed-cyclic tests. Series J_cyc_10.

5 BEHAVIOUR FACTOR
DLT buildings are also built in earthquake regions where
again, no information is available concerning general
earthquake behaviour or, more specifically, applicable
behaviour factors q. A short outlook regarding preliminary investigations to assess the seismic performance of
DLT buildings is hence given. Only the most important
data is referred, for more detailed information on how
the behaviour factors were evaluated, please refer to [6].

F3 [%]
9.2
8.2
13.5
20.8
30.2
17.1

Testing of joints and substructures such as shear walls is
not sufficient to exhaustively assess earthquake performance of buildings. By means of cyclic tests on shear
walls, relevant information about envelope curves, energy dissipation capacities, stiffness and strength degradation and failure modes can be gained. However, information concerning sustainable peak ground acceleration
(PGA) values or action reduction factors, called behaviour factor q in Eurocode 8, cannot be gained with these
tests. As alternative to costly shaking table testing, numerical models can be used to derive action reduction
factors for buildings as alternative methods do not provide reliable values. Eurocode 8 for instance allows
choosing the behaviour factor according to ductility class
M if the static ductility ratio of the dissipative zone is 4
where the “static ductility ratio” is the ratio of ultimate
displacement over yield displacement derived from
monotonic test results. Such a regulation is critical when
dealing with timber structures for two main reasons.
Firstly, a “yield displacement” is difficult to define as
usually, there is no clear limit between elastic and plastic
range. Secondly, the typical pinching behaviour of timber structures (see also Figure 11) due to embedment
deformations cannot be captured via monotonic tests.
However, this pinching behaviour can potentially lead to
a significant loss of energy dissipation capacity in repetitive cycles.
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In order to establish behaviour factors q for DLT buildings using numerical models, the modelling approach
has to correctly simulate the characteristics relevant for
earthquake behaviour: stiffness and load carrying capacity, damping, ductility, hysteresis and thus energy dissipation capacity. Furthermore, a valid near collapse criterion, i.e. a maximum interstorey drift, must be chosen.
The chosen modelling approach has been described by
Ceccotti and Sandhaas [10] and consists of the following
steps:
1. Calculation of seismic base shear for the case study
building with a chosen PGAdesign value and assuming linear-elastic building behaviour (q = 1).
2. Design of case study building with seismic base
shear of previous step → determination of necessary shear wall length, i. e. wall length is just
enough to withstand earthquake.
3. Quasi-static cyclic testing of shear walls that mirror
exactly the shear walls used in the case study building and transfer of their hysteretic behaviour into
models (if final building model is 3D, also information on floor diaphragm behaviour is necessary).
The complete hysteretic behaviour of shear walls is
assigned to nonlinear springs (“Florence pinching
hysteresis model”) that connect rigid bars.
4. Generation of a 2D or 3D building model of case
study building using the calibrated hysteretic
springs from the previous step, building masses are
applied as lumped masses and the building structure is formed by rigid bars. The calibrated spring
model based on shear wall tests on short walls must
be transformed to reflect the necessary larger shear
wall length as determined in step 2.
5. Execution of nonlinear dynamic calculations in the
time domain by applying different accelerograms.
The respective peak ground acceleration values are
increased until a previously defined near collapse
state is reached → PGAu.
6. Determination of the behaviour factor q for the
modelled case study building and the single earthquakes as ratio of PGAu over PGAdesign.
With this methodology, the energy dissipation capacity
of buildings is explicitly considered when determining
the behaviour factor. The determined behaviour factor is
valid for force-based design methods.
The failure modes observed in the cyclic tests with predominant horizontal shear deformation lead to the model
approach shown in Figure 12 on the right. A shear wall
is modelled with rigid bars forming a frame and all constitutive behaviour is assigned to rotational springs. The
proposed model cannot model rocking behaviour; only
horizontal deformations can be represented. The “Florence pinching hysteresis model” [11] has been chosen to
model the hysteresis curves of the rotational springs
which is already implemented in the DRAIN software
used to carry out the nonlinear dynamic analyses [12].
The spring model is able to correctly simulate the pinching behaviour of typical timber joints. The model however cannot model the strength degradation in repeating
cycles. The springs were iteratively calibrated by “repeating” the cyclic tests, until envelope curve and dissipated energy between model and test did not differ con-

siderably (difference in dissipated energy < 6%). The
single procedural steps and the calibration procedure are
exhaustively described in Ceccotti and Sandhaas [10]
and have been carried out for all three tested DLT shear
walls with different fastening solutions (series G to K)
and with 10 kN/m additional vertical load.

Figure 12: Case study building (left) and transfer into 2D
model (right).

In order to investigate the seismic performance of the
DLT buildings with three different joint characteristics,
the three-storey case study building shown in Figure 12
right was transferred into a lumped mass model with
rigid bars connected with hysteretic rotational springs.
The case study building itself was designed assuming a
PGAdesign = 3.5 m/s2. The calibrated wall models were
transferred into the building model which was then subjected to increasing PGAs until the near collapse was
reached, PGAu. To transfer the spring properties calibrated on short shear walls into properties representing
longer shear walls, a linear-proportional relationship
between wall stiffness and wall length was assumed.
Such an assumption is realistic for systems whose lateral
stiffness and strength is mainly due to continuous staples
or nails along the perimeter of the sheeting and which
mainly show shear deformation. Further modelling parameters included an assumed damping ratio of 1%. A
maximum interstorey drift of umax = 0.02 · h was considered as near collapse criterion of the case study building.
With a storey height of h = 2570 mm, this criterion results in a near collapse criterion of 51 mm interstorey
drift. The chosen near collapse criterion has a strong
influence on the derived behaviour factors. If larger
interstorey drifts are accepted, PGAu and thus behaviour
factor increase accordingly.
Evaluated q values
Table 4 lists all derived behaviour factors q as the ratio
of PGAu reached during dynamic analyses over PGAdesign
= 3.5 m/s2.
The first conclusion is that the evaluated behaviour factors do not differ considerably between the three analysed building systems, but rather differ considerably
between used accelerograms. Especially the high values
for the Friuli earthquake are remarkable which can be
explained with the earthquake’s response spectra [13].
The spectra exhibit the highest accelerations for periods
below 0.2 s which decrease rapidly for longer periods in
the range of the Eigenperiods of the investigated buildings. Generally, the behaviour factors are lower for synthetic earthquakes.
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Derived behaviour factors are similar for timber frame
buildings with an approximate mean value of 3 [13]. The
behaviour factors are conservative as a severe near collapse criterion, low damping and only the constant
branch of the design spectrum when designing the case
study buildings were considered.
Table 4: Behaviour factors q for 1% damping.

Earthquakes
Series G Series K
Natural earthquakes
Roermond
3.5
3.9
L’Aquila NS (FA030)
5.3*
5.2+
L’Aquila EW (FA030)
3.8
4.5
L’Aquila NS (GX066)
4.7
4.3
L’Aquila EW (GX066)
3.8
3.9
L’Aquila NS (AM043)
5.2
5.5
L’Aquila EW (AM043)
3.8
4.2+
+
8.3+
Friuli NS
8.1
Friuli EW
8.0
9.3
Lazio Abruzzo
3.1
3.3
Synthetic earthquakes
SYNT_1
3.6
3.4+
SYNT_2
3.8
3.8+
SYNT_3
3.5
3.7+
SYNT_4
3.0
3.3
SYNT_5
3.5
3.2+
SYNT_6
3.2
2.7
SYNT_7
3.8
3.9
SYNT_8
3.2
3.5
SYNT_9
3.7
3.9
SYNT_10
3.1
3.4+

*

Series J
2.6
4.0
3.0
3.6
3.7+
3.6
3.3
5.7+
7.4
2.1
3.3
3.2
3.2*
3.1
3.0+
2.6
3.3
2.8
3.5
2.3

Failure on 1st floor, + failure on 2nd floor, all others failure on
groundfloor.

6 CONCLUSIONS
The general behaviour of joints and shear walls used in
the DLT building system was investigated and the influence of inherent gaps between lamellae and of different
sheeting material on the load carrying capacity of both
joints and shear walls has been assessed. Therefore,
relevant knowledge gaps hampering the application of
DLT building systems could be closed. The load carrying capacity of joints in DLT needs to be reduced depending on the fastener diameter. Shear walls made of
DLT elements without sheeting are not able to provide
sufficient lateral stiffness and strength. Generally, DLT
wall elements with sheeting can be designed as timber
frame walls. Outcomes of this research are used to develop a novel hold-down connector that is inserted in the
plane of the DLT elements in order to avoid insertion of
fasteners perpendicular to the element plane.
First investigations into behaviour factors for DLT buildings resulted in q factors between 2.3 and 9.3 which are
similar to q values for timber frame buildings. Considering the similar behaviour of timber frame and DLT shear
walls, this is not surprising.
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A COMPARATIVE ANALYSIS OF THREE METHODS USED FOR
CALCULATING DEFLECTIONS FOR MULTI-STOREY WOOD
SHEARWALLS
Grant Newfield1, Jasmine B. Wang2
ABSTRACT: With the introduction of 5 and 6-storey wood structures into the National Building Code of Canada 2015,
it is important that guidance be provided to engineers to ensure that a reasonable design approach can be sought in the
design of taller wood structures. The purpose of this technical paper is to compare various methods for calculating building
deformations for wood-platform framed structures, which range from simply assuming each storey acts independent of
the adjacent storey to a purely mechanics-based approach considering all 6 storeys acting as a continuous wall in order to
compare the differences in drifts, stiffness, building period, base shear, and force distribution based on relative stiffness.
General guidance is provided on which method to use.
KEYWORDS: Wood Shearwalls, Multi-storey, Deflection Calculation, Stiffness, Building Period, Base Shear, Force
Distribution

1 INTRODUCTION 1 23
With the introduction of 5 and 6-storey wood structures
into the National Building Code of Canada (NBC) 2015
[1], it is important that guidance be provided to engineers
to ensure that a reasonable design approach can be sought
in the design of taller wood platform framed structures.
Currently in Canada, there are few established guidelines
for how designers can use a stiffness-based approach to
design wood structures. It is therefore important that
designers be provided with information on how to
determine deflections of multi-storey buildings, which in
turn can be used to develop the stiffness’s that can be
utilized in a stiffness-based approach.
The purpose of this technical paper is to compare various
methods for calculating building deformations, which
range from simply assuming each storey acts independent
of the adjacent storeys to a purely mechanics-based
approach considering all storeys acting together as a
continuous cantilever in order to compare the differences
in drifts, stiffness, building periods calculated using
mechanics-based approach, base shear, and forces levels
corresponding to the actual period, in order to provide
general guidance to designers on which method to use.

1 Grant Newfield, BSc, MEng, P.Eng., Struct.Eng., Read Jones
Christoffersen Ltd., 1285 West Broadway, Suite 300
Vancouver, B.C. V6H 3X8 Canada, GNewfield@rjc.ca
2 Jasmine B. Wang, Ph.D., P.Eng., Codes & Standards Structural Engineering, Canadian Wood Council, 99 Bank

2 THREE METHODS USED FOR
CALCULATING DEFELCTIONS
2.1 THREE METHODS USED FOR
CALCULATING DEFLECTIONS
Calculating deflections, stiffness’s, and building periods
for multi-storey wood-framed structures can be a
challenge for designers. There are few references that
provide suggestions on how to perform the calculations.
In addition, most references in North America only
address a simple 4-part equation for the deflection of a
single-storey shearwall, as given in Clause 11.7.1.2 of
CSA O86-14 [2]:

∆𝑠𝑠𝑠𝑠 =

2𝑣𝑣𝐻𝐻𝑠𝑠 3
3𝐸𝐸𝐸𝐸𝐿𝐿𝑠𝑠

+

𝑣𝑣𝐻𝐻𝑠𝑠
𝐵𝐵𝑣𝑣

+ 0.0025𝐻𝐻𝑠𝑠 𝑒𝑒𝑛𝑛 +

𝐻𝐻𝑠𝑠
𝑙𝑙
𝐿𝐿𝑠𝑠 𝑎𝑎

(1)

The 4 components of the equation account for:
• Flexural bending of a simple cantilever (based
on chord stiffness).
• Shear deformation of the panel (based on shearthrough-thickness rigidity of sheathing).
• Nail slip (considered to behave as shear
deformation).
• Wall anchorage system elongation (due to
fastener slip, anchor or rod elongation, plate
crushing, etc. at the induced load).

Street Suite 400, Ottawa, ON K1P 6B9, Canada,
jwang@cwc.ca
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For multi-storey structures, components 2 and 3 represent
the shear deformation within one-storey, where the
deformation within one level will not affect the drift in an
adjacent level above. However, components 1 and 4,
which capture the flexural behavior, will result in a
rotation at the top of each wall segment, which in turn will
cause an increase in drifts and deflections for each storey
above, depending on the amount of rotation at the top of
each wall. Furthermore, component 1 in Eq. (1) only
addresses the deflection at the top of wall resulting from
a simple cantilever where the moment increases from 0 at
the top to (𝑉𝑉 × 𝐻𝐻) at the bottom. In multi-storey
buildings, the actual bending moment over a wall height
would include the accumulated moment from the upper
storeys and increase from M (accumulated moment from
upper storeys) at the top of the wall to (𝑀𝑀 + 𝑉𝑉 × 𝐻𝐻) at the
bottom. In a purely mechanics-based approach, the
flexural deformations in the lower levels affects each level
above and therefore, must be considered in the analysis of
a multi-storey shearwall.
How a multi-storey wood-based shearwall system
actually deflects remains a topic for discussion. Does such
a structure truly behave as a multi-level cantilevered
structure or are there other interactions at play that affect
the overall behaviour? Do the out-of-plane effects of
diaphragms or portions of headers that connect adjacent
shearwalls add stiffness in resisting the flexural
deformations of a shearwall? Are there other factors at
play which may affect the stiffness of a structure? The
answer to these questions is yes. However, most of these
items are extremely difficult to quantify and therefore
difficult to account for in a design. Without any guidance,
designers are left on their own in making assumptions
which could potentially lead to significant differences
between design approaches depending on what
assumptions are followed. Certainly, one could consider
the two extremes – a purely mechanics-based approach
where the flexural deformations are determined in
traditional methods, to simply assuming that each floor
acts independent of the adjacent floor. However, there are
cautions to be made in whatever approach one is to take.
In most cases, designers will need to initially estimate the
forces on a multi-level wall in order to determine the
sheathing, nailing, and hold-downs required for each level
of a shearwall, which in turn can be used to more
accurately analyze the building in an iterative approach.
The design process would normally include:
1. Determining the Code-based Shear Forces.
2. Estimating the distribution of forces to each
shearwall within the system.
3. Determining the sheathing, nailing, and
hold-down requirements at each level for
each wall.
4. Determining the deflections for each wall
and in turn the relative stiffness and wall
periods.
5. Appropriately re-estimating the building
period if the periods for all walls are higher
than the empirical code period. The base
shear could be re-calculated based on the

6.
7.
8.

real period of the building with an upper
limit as specified in NBC.
Redistributing the base shear to the various
walls based on the relative wall stiffness’s
determined in Step 4.
Re-calculating the wall forces and
confirming the design, deflections, and
drifts for each wall and building period.
Repeating Steps 4 to 8, if adjustments are
required until one converges to a design that
satisfies both strength and drift requirements
where the input period equals to output
period.

The above approach is currently being used in practice in
British Columbia where the Code change allowed for the
design of 5 and 6-storey wood-framed construction took
effect in 2009. As a part of the code change, guidelines
for calculating deflections were developed introducing a
mechanics-based approach for estimating building
deformation, which in turn could be used by a designer to
develop individual wall stiffness’s. This could further be
used to estimate the building period. The main concern
with using such an approach in a stiffness-based design is
that if one overestimates the building deformations, they
will underestimate the stiffness, overestimate the building
period, and therefore potentially underestimate the
possible base shear if one uses the period determined
using established methods of mechanics other than the
empirical code period for base shear calculation.
In order to investigate a lower and higher-bound range of
possible deflections, three methods for calculating
deflections were selected. The deflections determined by
the three methods were then used to compare the
deflections, drifts, stiffness’s, periods, base shears and
force distributions based on using the three methods with
the details as follows and described in Table 1.
• Method I: Mechanics-based approach including
the rotational effect (APEGBC Technical and
Practice Bulletin [3] and Annex of CSA O862014 [2]).
• Method II: Rotation from the storeys below
excluded.
• Method III: The 4-term equation for singlestorey applied to each level.
In all three methods the inter-storey drift comprises of
fours components: the deflection due to bending, panel
shear, nail slip and vertical elongation of the wall
anchorage system, shown as follows:
𝑠𝑠𝑠𝑠𝑠𝑠𝑟𝑟𝑒𝑒𝑦𝑦

∆𝑖𝑖

𝑠𝑠𝑠𝑠𝑠𝑠𝑟𝑟𝑒𝑒𝑦𝑦

= ∆𝑏𝑏,𝑖𝑖

𝑠𝑠𝑠𝑠𝑠𝑠𝑟𝑟𝑒𝑒𝑦𝑦

+ ∆𝑠𝑠,𝑖𝑖

𝑠𝑠𝑠𝑠𝑠𝑠𝑟𝑟𝑒𝑒𝑦𝑦

+ ∆𝑛𝑛,𝑖𝑖

𝑠𝑠𝑠𝑠𝑠𝑠𝑟𝑟𝑒𝑒𝑦𝑦

+ ∆𝑎𝑎,𝑖𝑖

(2)

Where:
storey
∆i
= inter-storey drift at the i-th level
storey
= inter-storey drift at the i-th level due to bending
∆b,i
storey

∆s,i
= inter-storey drift at the i-th level due to panel
shear
storey
∆n,i
= inter-storey drift at the i-th level due to nail slip

WCTE 2016 e-book | 4567

storey

∆a,i
= inter-storey drift at the i-th level due to vertical
elongation of the wall anchorage system
The inter-storey drift for these three methods are given as
follows:
Method I:
𝑠𝑠𝑠𝑠𝑠𝑠𝑟𝑟𝑒𝑒𝑦𝑦

∆𝑖𝑖

= ��

𝑀𝑀𝑖𝑖+1 𝐻𝐻𝑖𝑖 2 𝑉𝑉𝑖𝑖 𝐻𝐻𝑖𝑖 3
+
�
2(𝐸𝐸𝐸𝐸)𝑖𝑖
3(𝐸𝐸𝐸𝐸)𝑖𝑖
𝑖𝑖−1

+ 𝐻𝐻𝑖𝑖 �� �
𝑗𝑗=1

𝑀𝑀𝑗𝑗+1 𝐻𝐻𝑗𝑗
𝑉𝑉𝑗𝑗 𝐻𝐻𝑗𝑗 2
+
���
(𝐸𝐸𝐸𝐸)𝑗𝑗
2(𝐸𝐸𝐸𝐸)𝑗𝑗

+ 𝑣𝑣𝑓𝑓,𝑖𝑖 𝐻𝐻𝑖𝑖 ⁄𝐵𝐵𝑣𝑣,𝑖𝑖 + 0.0025𝐻𝐻𝑖𝑖 𝑒𝑒𝑛𝑛,𝑖𝑖
𝑖𝑖−1

+ �𝐻𝐻𝑖𝑖

(𝑙𝑙𝑎𝑎 )𝑗𝑗
(𝑙𝑙𝑎𝑎 )𝑖𝑖
+ 𝐻𝐻𝑖𝑖 ��
��
𝐿𝐿𝑠𝑠
𝐿𝐿𝑠𝑠
𝑗𝑗=1

Method II:
𝑠𝑠𝑠𝑠𝑠𝑠𝑟𝑟𝑒𝑒𝑦𝑦

∆𝑖𝑖

= ��

(3)
𝑀𝑀𝑖𝑖+1 𝐻𝐻𝑖𝑖 2 𝑉𝑉𝑖𝑖 𝐻𝐻𝑖𝑖 3
+
�� + 𝑣𝑣𝑓𝑓,𝑖𝑖 𝐻𝐻𝑖𝑖 ⁄𝐵𝐵𝑣𝑣,𝑖𝑖
3(𝐸𝐸𝐸𝐸)𝑖𝑖
2(𝐸𝐸𝐸𝐸)𝑖𝑖
+ 0.0025𝐻𝐻𝑖𝑖 𝑒𝑒𝑛𝑛,𝑖𝑖 + �𝐻𝐻𝑖𝑖

Method III:
𝑠𝑠𝑠𝑠𝑠𝑠𝑟𝑟𝑒𝑒𝑦𝑦

∆𝑖𝑖

= ��

(𝑙𝑙𝑎𝑎 )𝑖𝑖
�
𝐿𝐿𝑠𝑠
(4)

𝑉𝑉𝑖𝑖 𝐻𝐻𝑖𝑖 3
�� + 𝑣𝑣𝑓𝑓,𝑖𝑖 𝐻𝐻𝑖𝑖 ⁄𝐵𝐵𝑣𝑣,𝑖𝑖 + 0.0025𝐻𝐻𝑖𝑖 𝑒𝑒𝑛𝑛,𝑖𝑖
3(𝐸𝐸𝐸𝐸)𝑖𝑖
+ �𝐻𝐻𝑖𝑖

(𝑙𝑙𝑎𝑎 )𝑖𝑖
�
𝐿𝐿𝑠𝑠

(5)
Where,
= shear force in the shearwall at the i-th storey, N
𝑉𝑉𝑖𝑖
= overturning moment in the shearwall at the i-th
𝑀𝑀𝑖𝑖
storey, N∙mm
(𝐸𝐸𝐸𝐸)𝑖𝑖 = bending stiffness of the shearwall at the i-th
storey, N∙mm2
= height of the shearwall at the i-th level, mm
𝐻𝐻𝑖𝑖
= length of shearwall segment, mm
𝐿𝐿𝑠𝑠
𝑣𝑣𝑓𝑓,𝑖𝑖 = maximum shear flow due to specified loads at the

and is appropriate for a light frame wood shearwall
cantilevered from its base and stacked for the full height
of the building. The details of this methodology can be
found in APEGBC Technical and Practice Bulletin [3],
CSA Standard O86-14 Engineering Design in Wood [2]
and Newfield et al. [4]. Method II uses the same moment
diagram as Method I, however assumes that rotation due
to bending and vertical elongation of the wall anchorage
system at the top of any one storey is independent and
does not have effect on the inter-storey drift of any level
above. Therefore the cumulative rotational effects from
the storeys below is excluded. Method III assumes only
the 4-term equation for single-storey applies to each level
and that each level acts as a completely independent
cantilevered beam with the shear force being equal to the
interstory shear in that level. This method is similar to
Method II but implies that there is no moment transferred
from the level above and therefore it uses a different
moment diagram for deflection calculation from the
moment diagram for shearwall design. Therefore, for
Method I, the maximum inter-storey drift will occur at the
top level. However, for Methods II and III, the maximum
inter-storey drift will occur at the bottom level assuming
the bending stiffness’s of each level are the same.
The following Table illustrates the different assumptions
and deflection components due to bending and wall
anchorage elongation of the three methods.
Table 1: Three methods for calculating deflections

top of the wall at the i-th storey, N/mm
=
𝐵𝐵𝑣𝑣,𝑖𝑖

𝑉𝑉𝑖𝑖
𝐿𝐿𝑠𝑠

= shear-through-thickness rigidity of the sheathing
at the i-th storey, N/mm

𝑒𝑒𝑛𝑛,𝑖𝑖 = nail deformation at the i-th storey, mm
(𝑙𝑙𝑎𝑎 )𝑖𝑖 = total vertical elongation of the wall anchorage
system at the i-th storey, mm
With the inter-storey drift due to panel shear and nail slip
being the same for these three methods, is it only the
deflection due to bending and the wall anchorage system
elongation that is revised to differentiate the three
methods. Method I is a purely mechanics-based approach

3 COMPARATIVE ANALYSIS
3.1 DESGIN EXAMPLE
In order to perform the comparisons, a previous study
introducing a method for estimating deflections using a
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mechanics-based approach was utilized [5]. Lateral forces
were distributed to shearwalls based on rigid diaphragm
assumption.
3.1.1 Description of building and design
assumptions used for the comparison
Figure 1 provides the typical geometry for the 6-storey
wood shearwall building used in the previous studies for
the purpose of comparing the various methods for
calculating deflections.

W4 4.9 m

12.2 m

W1 3.2m

W5 6.1

W2 3.4m

3.05m

W4 4.9

W3 4.6 m

6.1m

6.1m

W2 3.4m

W1 3.2m

3.05m

18.3 m

Plan – Typical

ROOF
L6
L5
L4

2.75m Typical

L3
L2
L1

Elevation
Figure 1: Plan view and vertical view of the building analysed

Assumptions
• Building Area: A = 12.2m x 18.3m
• Seismic Mass
o W = 345 kN (roof) (Included Dead
Load and 25% Snow)
o W = 341 kN (per floor)
o ∑W = 345 + 341x5 = 2050 kN
• Floor to Floor: h = 2.75m
• Building is Regular
• Building is Located in Vancouver
o Sa(0.2) = 0.94
o Sa(0.5) = 0.64
o Sa(1.0) = 0.33
o Sa(2.0) = 0.17
• Site Class C soils
• Normal Occupancy (Importance Factor = 1.0)

The seismic design force was calculated using Equivalent
Static Force Procedure in accordance with National
Building Code of Canada as follows:
• Building height: ℎ𝑛𝑛 = 6 × 2.75 = 16.5 m
• Building period: 𝑇𝑇𝑎𝑎 = 0.05(ℎ𝑛𝑛 )0.75 = 0.409 s
As discussed in [5] it is likely that the real building period
for the wood based shearwalls is higher than the empirical
code-based formula Ta. Therefore, as the initial analysis
the seismic force can be re-calculated assuming 𝑇𝑇 = 2𝑇𝑇𝑎𝑎 ,
which is the upper code limit of period when using other
established methods of mechanics for shearwall system,
for the purpose of determining the base shear. However,
as a result of Code changes in the BC Building Code 2012
[5] and NBC 2015, the minimum base shear for woodbased shear walls needs to be increased by 20% to account
for potential soft storey effects when one calculates the
building period by methods other than the empirical Code
period. Therefore,
𝑉𝑉 = 1.2 ×

𝑆𝑆(2𝑇𝑇𝑎𝑎 )𝑀𝑀𝑣𝑣 𝐼𝐼𝐸𝐸 𝑊𝑊
𝑅𝑅𝑑𝑑 𝑅𝑅𝑜𝑜

= 0.104𝑊𝑊

(6)

Where
𝑉𝑉 = lateral earthquake design force at the base of the
structure
𝑆𝑆(𝑇𝑇) = design spectral response acceleration
𝑀𝑀𝑣𝑣 = factor to account for higher mode effect on base
shear
𝐸𝐸𝐸𝐸 = earthquake importance factor
𝑅𝑅𝑑𝑑 = ductility-related force modification factor
𝑅𝑅𝑠𝑠 = overstrength-related force modification factor
𝑊𝑊 = the seismic weight
The initial distribution of shear forces over the height of
the building can be determined in accordance with the
following formula:
(7)
𝐹𝐹𝑥𝑥 = (𝑉𝑉 − 𝐹𝐹𝑠𝑠 )𝑊𝑊𝑥𝑥 ℎ𝑥𝑥 ⁄(∑𝑛𝑛𝑖𝑖=1 𝑊𝑊𝑖𝑖 ℎ𝑖𝑖 )
Where
= lateral force applied to level x
𝐹𝐹𝑥𝑥
= portion of V to be concentrated at the top of the
𝐹𝐹𝑠𝑠
structure
ℎ𝑥𝑥 , ℎ𝑖𝑖 = the height above the base to level i and x
respectively
𝑊𝑊𝑥𝑥 , 𝑊𝑊𝑖𝑖 = portion of W that is located at or is assigned to
level i and x respectively
And the vertical force distribution is shown in Figure 2:
ROOF

61 kN

L6
L5
L4
L3
L2

50.8 kN
40.6 kN
30.5 kN
20.3 kN
10.2 kN

L1

213.4 kN

Figure 2: Vertical force distribution
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For the purpose of this example, the force distribution to
the shearwalls was based on the rigid diaphragm
assumption. The deflections were calculated using the
three methods described above. The detailed calculation
and procedure using Method I, Mechanics-based
approach, was given Newfield et al. [5], and the
calculation using Method II and III followed the similar
procedure. The deflections were then used to calculate the
stiffness, building periods, and base shears and force
distributions. The results are summarized below.
3.1.2 Distribution of forces to walls
Tables 2 and 3 below summarize, for each method, the
wall stiffness’s and corresponding distribution of forces
to each wall. The forces were distributed to shearwalls
using relative stiffness based on rigid diaphragm
assumption, and included the additional shears due to the
natural eccentricity (i.e., the distance between centre of
mass and centre of rigidity) plus minimum 10% offset
required by the Code to account for torsional effects. In
this example the building is symmetrical and natural
eccentricity is zero. The force distributed to each
shearwall was calculated using the following formula:
𝑉𝑉𝑖𝑖 =

𝐹𝐹𝑥𝑥 ×𝑘𝑘𝑖𝑖
∑ 𝑘𝑘𝑖𝑖

+

𝑇𝑇𝑥𝑥 ×𝑘𝑘𝑖𝑖 ×𝑑𝑑𝑖𝑖
𝐽𝐽

Table 3: Force distribution using three methods – east-west
direction

3.1.3 Wall deflections
Table 4 below summarizes the corresponding deflections
for each wall based on the forces provided in Tables 2 and
3 above using the three methods.
Table 4: Wall deflection calculation using three methods

(8)

Where
𝐹𝐹𝑥𝑥 = total lateral load on the supporting shear walls
k = wall stiffness
d = distance from the wall to the centre of rigidity (CoR)
𝑇𝑇𝑥𝑥 = torsional moment
= 𝐹𝐹𝑥𝑥 (𝑒𝑒𝑥𝑥 ± 0.10𝐷𝐷𝑛𝑛𝑥𝑥 )
J = torsional rigidity
= ∑ 𝑘𝑘𝑙𝑙𝑥𝑥 2 + ∑ 𝑘𝑘𝑙𝑙𝑦𝑦 2
The results for north-south direction and east-west
direction were listed in Table 2 and 3 respectively.
Table 2: Force distribution using three methods – north-south
direction

As shown in Table 4, using Method II or III would have
suggested that all the drifts would have been acceptable
(assuming a 2.5% drift limit) with the exception of the
lowest levels. However, using the more conservative
Method 1 (for calculating deflection) would suggest that
the drifts should be further reviewed since the rotational
effects result in most of the drifts being over 2.5%.
However, since the National Building Code of Canada
allows one to review drifts based on the actual building
period, but no greater than 2.0 s for shearwall system,
more round(s) of iteration should be performed using base
shear based on the real building period until the
calculation converges and the drift limits satisfy the
requirement. Using the average period of 1.61 s based on
Wall 1, Wall 2 and Wall 3 in North-South direction, one
could re-calculate the seismic base shear and find that the
actual force drops by approximately 47%. If using this
revised base shear, all of the drifts fall within the 2.5%
limit specified in the Code for normal type occupancy. If
the preliminary design could not meet the drift limit
requirement using the modified base shear, the shearwalls
should be re-designed to be stiffer in order that the drift
limit requirement is satisfied.
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3.1.4 Wall stiffness and periods
The shear wall period can be calculated using Rayleigh’s
method based on the deflection:
∑𝑛𝑛 𝑤𝑤𝑖𝑖 Δ𝑖𝑖 2
𝑇𝑇 = 2𝜋𝜋 � 𝑖𝑖=1𝑛𝑛
𝑔𝑔 ∑𝑖𝑖=1 𝐹𝐹𝑖𝑖 Δ𝑖𝑖

(9)

where
𝐹𝐹𝑖𝑖 = the seismic lateral force at level i
𝑤𝑤𝑖𝑖 = the seismic weight assigned in level i
Δ𝑖𝑖 = the static lateral displacement at level i due to the
forces Fi calculated on a linear elastic basis
𝑔𝑔 = the acceleration due to gravity

period is proportional to the square root of (1 / stiffness),
the change in period when one moves from Method I to
Methods II and III should be approximately proportional
to �1⁄1.6 = 0.80 and �1⁄1.8 = 0.75 respectively for
this example.
The stiffness ratios for shearwalls are shown in Figure 3.
Wall W1 is the shortest and Wall W5 is the longest. It can
be concluded that as one moves from Method I to
Methods II and III it has bigger impact on the stiffness of
shorter walls than on the stiffness of longer walls.

Table 5 below summarizes the corresponding stiffness
and period for each wall based on the three methods for
the first round of iteration.
Table 5: Stiffness’s and periods using three methods

Figure 3: Stiffness ratios for shearwalls

A statistics analysis was performed to study the difference
in base shear distribution to different shearlines using
three methods and the results are summarized in Table 7.
The minimum period for all walls is 1.39 s, 1.1 s and 1.04
s for Method I, II and III respectively, and they are all
greater than 2 times the empirical Code period, (2𝑇𝑇𝑎𝑎 ), the
upper limit for the period for base shear calculation.
Therefore, for this example the base shear can be
calculated using 2 times the empirical Code period no
matter which method is used.

Table 7: Comparison of base shear distribution to different
shearlines

3.2 COMPARISON OF RESULTS
To make comparisons between the three methods, Method
I was set as the reference to which Methods II and III were
compared.
Table 6 provides comparisons for the stiffness, base shear,
and wall periods for each wall, where the results of
Methods II and III were divided by Method I.
Table 6: Comparison between Method I to III for stiffness,
base shear and period
Comparison Between Method I to III
for Stiffness (k), Base Shear (V), and Period (T)
Wall
W1
W2
W3
W4
W5

Stiffness
k2/k1 k3/k1
1.76 2.10
1.71 2.02
1.53 1.73
1.44 1.60
1.34 1.45

Base Shear
V2/V1 V3/V1
1.04
1.06
1.02
1.02
0.92
0.89
1.03
1.04
0.96
0.94

Period
T2/T1 T3/T1
0.69
0.64
0.71
0.66
0.76
0.72
0.78
0.75
0.82
0.80

The average building periods were reduced by 22% and
27% when comparing Method I with Methods II and III
respectively. Since on average the stiffness’s determined
by Methods II and III were approximately 1.6 and 1.8
times the stiffness determined using Method I, and the

It can be seen that these three methods produce very close
results in terms of base shear distribution to different
shearlines. The maximum coefficient of variation is found
in Wall W3 in the N-S direction, i.e. 6%, and the
difference in other walls is negligible.
A comparison for the deflections and drifts for each wall
is provided in Table 8.
Table 8: Comparison between Method I to III for deflection
and drift
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The effects of rotation considered in Method I account for
approximately ½ of the total deflection calculated at the
top of each wall as can be seen in Table 8 (ranging from
0.45 for Wall 1 to 0.66 for Wall 5 when comparing
Methods I to II).
The effects of neglecting the accumulated moment at the
top of each wall also result in approximately 17% less
total deflection for the first storey as can be seen in Table
8 by comparing Method III with Method II (ranging from
0.79 (21%) for Wall 1 to 0.88 for Wall 5 (12%)).
The drifts increase from approximately the same at the
first storey to almost 4 times bigger at the top level in NS direction and 2 times bigger at the top level in E-W
direction when using the mechanics-based approach,
Method I, over Methods II and III, suggesting the drifts
are highly influenced when the effects of rotation are
accounted for.

4 CONCLUSIONS AND DISCUSSIONS
Based on the comparative analysis, the following
summaries can be made in terms of wall stiffness,
distribution of forces, building period, and deflections and
drifts.
4.1 WALL STIFFNESS
The wall stiffness’s for Method I’s mechanics-based
approach were significantly lower than the stiffness’s
provided by Methods II and III. In addition, the shorter
the wall, the larger the difference. This is mostly due to
the fact that the effects of rotation increase as a wall length
decreases with everything else being equal.
4.2 DISTRIBUTION OF FORCES
The distribution of forces to the walls was not
significantly affected between Methods I to III. Table 6
indicates that the forces were not changed by more than
+/- 10% between the three methods. Table 7 further shows
that the maximum coefficient of variation of force
distribution is 6% when comparing three methods. This
indicates that the relative stiffness between the various
walls is fairly consistent regardless of the method used.
4.3 BUILDING PERIOD
The average building periods were reduced by 22% and
27% when comparing Method I with Methods II and III
respectively. This is reasonable as on average the
stiffness’s determined by Methods II and III were
approximately 1.6 and 1.8 times the stiffness determined
using Method I.
It should be further noted that although the period was
reduced, that the period for Methods II and III were also
significantly higher than 2 times the empirical Codebased period, and thus suggested that using 2 times the
empirical Code period is a reasonable assumption for the
initial design. For this example, 2 times the Code period
was calculated to be 0.818 s as compared to the lowest
period of 1.04 calculated for Wall 3 using Method III.

This further suggests that change to the National Building
Code of Canada should be considered for calculating
building period for wood-based shear wall systems.
4.4 DEFLECTIONS AND DRIFTS
For Method I, the maximum inter-storey drift occurred at
the top level. However, for Methods II and III, the
maximum inter-storey drift occurred at the bottom level.
Method I is more conservative than Methods II and III in
terms of deflection and inter-storey drift. As shown in
Table 8 the effects of rotation considered in Method I
account for approximately ½ of the total deflection
calculated at the top of each wall.
The Method III resulted in further reduction in deflection
by neglecting the accumulated moment at the top of each
wall.
Further research should be considered in determining
realistic deflections for wood-based shearwalls and
perhaps focus on proposing a modifier that can be
considered if a mechanics-based approach (Method I) is
to be used in design which could account for some of the
stiffening effects not realized when using Method I.
For flexible structural systems such as wood-based
shearwall system, the deformations are likely to govern
the performance. Therefore, the use of unrealistically
short periods which may result in a significant
underestimation of lateral deflections and inter-storey
drifts would be problematic for the design of such flexible
structural systems. It is suggested that Method I should be
recommended for design as it is similar to the approach
used for other materials and it will provide the most
conservative approach for determining building drifts and
deflections until which time further studies can suggest a
better approach.
4.5 SUGGESTED DESIGN PROCEDURE FOR 5
AND 6- STOREY WOOD BASED
SHEARWALLS
Based on the conclusions developed from the
comparisons above, the following recommendations are
suggested for designers in analysing and designing woodbased shear wall systems. Although the basis of this study
was aimed at 5 and 6-storey buildings, the approach also
could be easily applied to buildings less than 5 storeys in
height.
The mechanics-based approach (Method I) is
recommended to be used for determining drifts,
stiffness’s, and building periods for wood-based
shearwalls. This should lead to a reasonable distribution
of forces for a SFRS of wood-based shearwalls and should
provide a more conservative approach for determining
deflections and drifts.
For seismic design a period of 2 times the empirical Code
period could be considered as a reasonable initial
assumption for calculating the base shear, providing all
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the Code provisions are followed, which includes using a
20% increase in static design force as currently stated in
the 2012 BCBC and 2015 NBC. If this method is used, it
will be important that designers confirm that, in fact, this
is a reasonable assumption by calculating the period.
Alternatively, one could default to the empirical Code
period and simply design for higher forces using the
equivalent static procedure. However, the mechanicsbased approach should still be used for the analysis and
checking building deflections and drifts.
The mechanics-based approach (Method I) is
recommended to be used for determining drifts for woodbased shearwalls for wind design. This should lead to a
reasonable distribution of forces for a lateral system of
wood-based shearwalls if a stiffness based approach is
used and should provide a more conservative approach for
determining deflections and drifts.
For combinations of different types of LFRS (Lateral
Force Resisting System) acting in the same direction in
the same storey, underestimating or overestimating
stiffness’s could lead to an unconservative design. If such
a hybrid is to be considered, using both a lower bound and
upper bound stiffness’s for the wood-based shearwalls
when in combination with other LFRS should be
considered to bound the design if a stiffness based
approach is used.
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ESTABLISHING THE FAILURE SE UENCE OF LIGHT FRAME WOOD
STUD WALLS UNDER THE EFFECTS OF BLAST LOADS
Christian Viau1, Ghasan Douda

2

ABSTRACT: This paper presents the findings from a comprehensive study aiming to investigate possible failure modes
in light-frame wood stud walls subjected to simulated blast loads. Prior to construction and testing of the full-scale wall
specimens, material properties were determined and used as input in a proposed material predictive model. The model
takes high strain-rate and system effects into consideration. Preliminary experimental results show that typical sheathing
panels may not have sufficient capacity to transfer the load to the stud elements. Solutions such as thicker sheathing,
reinforcement of existing panels, and implementation of a catcher system are investigated and discussed.
KEYWORDS: blast, light-frame, stud walls, high strain rate, sheathing, debris mitigation, single degree-of-freedom

1 INTRODUCTION
Environmental hazards on structures, such as earthquakes,
strong winds, and tsunamis, have recently become well
understood and documented by researchers, engineers and
government officials. Blast loading, on the other hand, is
more difficult to quantify and has lately regained interest
by the research community primarily due to deliberate
attacks (e.g. September 11 attacks (2001), Oklahoma City
bombing (1995)) and accidental explosions (e.g. Texas
City Refinery explosion (2005)). However, most research
on high strain-rate effects on wood has been on impact
loading where specimens were free of defects and small
in comparison to the wood elements typically used in
construction [1-4]. Very limited work has been conducted
on full-scale wood structures under blast loading [5-6].
The results of those tests generally reported a significant
increase in strength; a finding that has later been
corroborated by full-scale tests on studs [7]. Complete
walls were also tested dynamically and the authors
reported increases in both capacity and in initial stiffness
[8].
Attempts have been made to develop cost-effective and
practical retrofit systems to reinforce existing light-frame
wood buildings for specific stud wall deficiencies,
including sheathing [9], connections [10], and loadbearing elements [11]. Debris has also been observed in
these tests, with some studies providing insight to the
potential injury level due to various amounts of debris and
their respective velocity at impact [12-13]. While the
totality of these research programs has established a solid
knowledge base for the behaviour of light-frame wood
stud walls under blast loading and allowed for the
development of blast provisions and guidelines [14-15],
1
2
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the majority have been done in the low to heavy damage
range. The behaviour of wood stud walls in regions that
corresponds to hazardous and blowout damage levels is
currently lacking and presents an important gap in
knowledge.
One of the main motivators for the current research
project is a recent study, where premature tearing in
typical oriented strand board (OSB) panels was observed
during testing [8]. So far, studies on stud walls have
shown that the sheathing has adequate capacity to transfer
the blast pressure to the studs. This is a very important
assumption in design, where the sheathing panels are
completely ignored and only the flexural capacities of the
studs are considered. Tearing in the sheathing could mean
premature failure in the wall and could lead to hazardous
debris. Since previous studies were limited to pressure
levels that induced low, moderate and heavy damage in
the walls, and premature tearing of the OSB panels was
only observed at the high-pressure shots, it was deemed
appropriate to investigate whether the sheathing is
capable of transferring the pressure to the studs at higher
pressure levels.
The current research project includes experimental tests
and analytical modelling of full-scale wood stud walls
subjected to pressure-impulse combinations that would
yield severe damage levels. The focus of the study is on
investigating potential sequences of failure for the
purpose of improving the understanding of the stud wall
behaviour and ultimately enhance current design
provisions. For this reason, the study aims to investigate
the flexural response of the studs, as well as the
performance of different types of sheathing details. In
addition, the study has the goal to investigate catcher
systems to limit the amount of debris, which is the chief
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cause of injuries in such events. Prior to the construction
and testing of the full-scale specimens, individual
components were tested statically in order to determine
their respective ultimate capacity and stiffness. These
properties are used as inputs in an analytical model that
considers the nonlinear behaviour of stud-to-sheathing
joints and includes high strain-rate effects.
The effect of non-structural components typically found
in building envelopes (e.g. cladding, insulation, gypsum
wallboard, etc.) were intentionally omitted since the focus
of this study was on the performance of the bare structural
components of light-frame wood stud walls (i.e. studs,
exterior sheathing panels). Planned future studies will
address the effect of non-structural elements, as well as
axial load, on the dynamic behaviour of stud wall systems.

parameters into the analytical model, specifically related
to the determination of the partial composite action in the
wall section. An example of a failed nail and screw joint
is shown in Figure 3. In this particular joint, significant
crushing of wood was observed, along with yielding of
the nails, and a brittle failure of the screws.

2 EXPERIMENTAL PROGRAM
The capacity and stiffness of all individual wall
components, such as the studs, sheathing, and nail joints
were determined prior to the construction and testing of
the full-scale stud walls. These tests included destructive
and non-destructive four-point bending tests of individual
studs, based on ASTM Standard D198 [16] and modified
to be representative of the size and test setup of the
dynamic wall tests. Figure 1 shows a failed stud specimen
exhibiting flexure failure, which was initiated at a knot.

Figure 3: ail-slip test specimen

Following the component testing, a total of sixteen walls
were constructed and tested dynamically using shock tube
induced blast waves. The walls were constructed using
studs that were tested non-destructively under four-point
static loading regime prior to the construction of the walls
specimens. All walls measured 2070 mm in width, 2108
mm in height, and had a span of 2032 mm. A summary of
the walls tested in the experimental program is found in
Table 1. The walls had idealized simply supported end
conditions in order to limit the response to stud or
sheathing failure.
Table 1: Summary of dynamic test specimens

Figure 1: Static en ing test setup

Wall ID

Destructive bending tests of sheathing coupons, as per
ASTM Standard D1037 [17], were conducted. In both
OSB and plywood coupons, where the predominant
failure mode was flexure (Figure 2).

W1-W4
W5-W8
W9-W12
W13-W14
W15-W16

Figure 2: le ural ailure o ply oo coupon

Nail-slip tests of various sheathing-to-stud joints, as per
ASTM Standard D1761 [18], were undertaken. The
results from these tests are one of the major input

Stud size
(mm x mm)
38 x 140
38 x 140
38 x 140
38 x 184
38 x 184

Sheathing type and
thickness
11 mm OSB
18.5 mm plywood
OSB & plywood
11 mm OSB
11 mm OSB

Twelve of the sixteen walls consisted of six 38 x 140 mm
visually graded No. 2 spruce-pine-fir studs spaced at 406
mm on centre with a single top and bottom plate. Four of
the 2 x 6 walls were sheathed with 11 mm thick oriented
strand board, four with 18.5 mm plywood, and the
remaining four consisted of walls with both types of
sheathing (plywood atop of OSB) representing an exterior
reinforcement of an existing wall. The walls with only
OSB or plywood were sheathed using 50 mm long nails
with a diameter of 2.87 mm, while the walls with both
sheathing types had 76 mm x 4.2 mm construction screws
connecting the secondary sheathing (plywood) atop the
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The mechanism used in the tests is referred to as a double
diaphragm firing system, where sheets of aluminum foils
are used to separate the three sections (driver, diaphragm,
and expansion sections). The thicknesses and quantity of
aluminum foils are predetermined based on the pressureimpulse combination for which the specimen is subjected.
Upon the installation of the desired driver and aluminum
foils, compressed air is introduced into the driver and
diaphragm section. When the desired driver pressure is
attained, the diaphragm is drained until the set of
aluminum foils separating the driver and diaphragm
ruptures. This creates a shockwave that travels down the
expansion section, where it eventually comes into contact
with the test specimen. The opening of the expansion
section measures 2032 mm x 2032 mm. In order to mimic
simply supported end conditions, two steel angles were
placed at the edge of the opening and braced to the shock
tube frame. The tip of the angles were aligned with the
edge of the shock tube opening and provided a rotational
point of contact for the outside face of the wall, while also
creating a gap between the wall and the shock tube frame,
allowing the walls to rotate freely, as shown in Figure 5.
To reduce crushing of wood and to allow sufficient
rotation on the inside face of the wall, steel plates and

Figure 5: imply supporte

oun ary con itions

The reflected pressure for each test was measured using
two dynamic piezoelectric pressure sensors, placed at the
bottom and on the side of the shock tube opening. Strain
gauges were adhered to the four middle studs of each wall
in order to obtain strain data and determine the dynamic
failure point for each test. The strain gauges used were
general purpose 350 ohms strain gauges, measuring 4.5
mm x 12.5 mm. Mid-span stud deflections were obtained
using 300 mm stroke linear variable differential
transducers (LVDTs). These LVDTs were attached to an
enclosing steel bracket, acting as a passive protective
barrier. All sensors were connected to a data acquisition
system which is capable of recording data at a sampling
rate of 100,000 samples per second. The system was also
connected to a high-speed camera, capable of recording
videos at 500 frames per second, at a standard resolution
of 800 x 600 pixels. The recording process was triggered
by the pressure wave passing by the pressure sensors.

3 EXPERIMENTAL RESULTS
3.1 OBSERVED STUD FAILURE MODE
As shown in Figure 6, good correlation was observed
between the strain- and displacement-time histories.
Average strain-rates between 1.9E-1 to 9.1E-1 s-1 were
generated through the use of the shock tube.
Displacement
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Figure 6: isplacement- an strain-time histories or

Strain (10-6)

Figure 4: hock tu e ith all specimen

rollers were attached to the backside of each stud. The
centreline of the roller was aligned with the interface
between the studs and the plates, as well as the angles.

Displacement (mm)

primary sheathing (OSB). The nails were fastened using a
grid pattern of 150 mm (field and edge), while the grid
pattern for the screws consisted of 300 mm (field and
edge).
To investigate the possibility of enhancing the
performance of the OSB sheathing, the remaining four
walls consisted of studs that were overdesigned (38 x 184
mm) and sheathed with 11 mm OSB. Welded wire mesh
(WWM) was placed either between the studs and the OSB
in order to investigate the potential use of WWM as
sheathing reinforcement (W13-W14) or installed on the
outside face of the studs, to investigate its potential use as
a catcher system (W15-W16).
Simulated blast loads were generated through the use of
the University of Ottawa’s shock tube. The shock tube,
shown in Figure 4, is a testing apparatus capable of
producing shock waves similar to those found in far-field
detonations of high explosives.

-

Contrary to walls exposed to dynamic loads, walls
subjected to static or quasi-static loading, where the load
duration is much larger than the natural period of the stud
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element, is expected to distribute the load to the studs
based on their stiffness, where after the failure of the first
stud, the load is redistributed to the other, stronger studs.
Under dynamic loading, however, the load duration is so
small that the studs tend to reach their maximum
deflections approximately all at the same time, as shown
in the displacement-time history for the elastic shot
performed on W1 (Figure 7). The deflections of the four
middle studs can be seen to reach their peak in unison,
followed by out-of-sync oscillation. This response can be
attributed to the sheathing acting as a load-distributor as
the inbound pressure pushes against the sheathing. When
the pressure wave subsides and the rebound phase begins,
the low out-of-plane stiffness of the sheathing and having
the nails in withdrawal would typically not be sufficient
to maintain this behaviour, and the variability in the stud
properties (mass and stiffness) would cause different
responses in the individual studs.
Figure 8: rash ailure o a all stu
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Displacement (mm)

3.2 PERFORMANCE OF VARIOUS SHEATHING
CONFIGURATIONS
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Figure 7: isplacement-time histories or
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During the dynamic tests, when the sheathing was capable
of transferring the load to the studs, all wall studs failed
in flexure. The mode of flexural failure was “brash”, with
the majority of the studs failing with a straight “cutthrough” of their cross-section. This is due to the
extremely short time duration, where the studs typically
failed approximately 7 ms after the beginning of loading.
Figure 8 shows an example of this brash flexural failure
mode. The observed differences between static and
dynamic failure modes were consistent with other studies
on the impact [2, 19] and blast loading [7-8].

It is noteworthy to mention that although the variability in
sheathing layout, orientation, and support conditions may
significantly influence the results, the behaviour of
sheathing panels in isolation is outside the scope of the
current research project. Therefore, any observation made
in this study should be taken within the confines of the
experimental setup. Stud spacing, sheathing-to-stud
fastener type, size and spacing, panel thickness, whether
blocking is used, etc., are some of the parameters that can
significantly affect the behaviour of the sheathing and
thereby the behaviour of the wall as a whole. The attempt
in the current study is not to establish effects of
construction detailing on the behaviour but rather to
investigate whether light sheathing panels with typical
sizes and construction detailing are capable of transferring
the pressure to the wall studs.
Results regarding failure modes from the dynamic testing
showed that walls with typical detailing of 11 mm OSB
were inadequate in transferring the pressure to the wall
studs, and produced significant flying debris, as shown in
Figure 9. Failure was observed to mainly be in panel edge
tear-through as well as flexural and tearing failure of the
sheathing. The former implies that current typical
connection detailing between the sheathing and the studs
are inadequate to transfer the blast load to the main
framing members. The latter implies that the capacity of
the sheathing panels are also inadequate for such loading
scenario. Some options (e.g. thicker sheathing, use of
screws) were investigated in the current study but the
optimization of the wall detailing for blast design is
outside the scope of this study.
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(a

aile specimen

Figure 9:

(b

heathing e ris

An attempt was made to improve the withdrawal
behaviour of the sheathing-to-stud connection by
replacing the nails with screw fasteners (W9-W12). These
four specimens showed better overall performance, as the
studs were allowed to fail in flexure with no sheathing
debris and significantly reduced stud debris (Figure 11).
Post-failure investigation showed signs of tension
perpendicular to grain or shear failure along a zone which
coincided with the presence of the fastener tips. Although
not further investigated in this study, it is anticipated that
the use of longer screws may further reduce stud debris,
since more of the stud cross-section would be held in
place by the screws.

ollo ing ynamic testing

The effect of using thicker sheathing (18.5 mm plywood)
was investigated under otherwise similar wall
construction detailing. None of the walls with plywood
sheathing produced any significant debris stemming from
the sheathing panels. The plywood panels generally failed
in bending at the wall mid-height, as shown in Figure 10.
This sheathing option proved capable of transferring the
pressure to the wall studs, which implies that such
sheathing can be used in new constructions or as a retrofit
option if exterior access to the walls is feasible.

Figure 11:

Figure 10:

ollo ing ynamic testing

While the selection of a thicker sheathing shifted the
failure from tearing in the sheathing and sheathing debris
to flexural failure in the studs, it did not completely
prevent potential debris stemming from the studs
themselves. The overall wall strength was significantly
improved, since full flexural capacity of the studs could
now be obtained without any hazardous damage in the
sheathing. However from a point of view of occupant
safety, the flying stud debris could still pose hazardous
conditions. The low withdrawal capacity of the nails
caused the stud pieces to completely detached from the
sheathing and become debris-throw.

ollo ing ynamic testing

Sheathing that is deemed inadequate could also be
retrofitted from the interior side of the wall. An attempt at
such modification was made using welded wire mesh
(WWM), which was attached to the studs while helping
the transfer of the pressure from the sheathing to the studs.
The WWM grid was secured to the sheathing mainly by
the clamping action brought on by the sheathing fasteners.
Commercial steel plates were used to secure the ends of
the WWM to the top and bottom wall plates to ensure that
the integrity of the retrofit is maintained throughout
response. The WWM allowed for large displacement to
occur in the OSB while still maintain the sheathing
integrity (Figure 12), however, relatively minor tearing in
the sheathing was still observed. The use of welded wire
mesh was also investigated as a possible catcher system
by connecting them to the tension-face of studs with steel
staples along the length of the studs at a spacing of 150
mm, and securing them to the top and bottom plates again
with commercially available steel plates. W15 and W16
were designed with larger stud members than those
typically used in light frame constructions in order to
promote a failure in the OSB panels. Results show that a
simple application of WWM can effectively capture
virtually all debris created by the sheathing. Figure 13
shows a specimen after testing, with the debris still inside
the wall/shock tube area.
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such catcher system can be justified as the alternative
would either be debris throw from the sheathing and/or
studs, or loss of wall capacity which may lead to
progressive collapse. The highest recorded reflected
pressure to which the walls with the WWM catcher
system were exposed was 62.5 kPa (W16-1) which is
much lower than the 110 kPa overpressure required to
cause damage in lungs, or the 200 kPa overpressure which
is known to cause fatalities [20]. The sheathing thickness
could be adjusted such that injuries are minimized in the
case of a breach.

4 ANALYTICAL RESULTS

Figure 12:

ollo ing ynamic testing

The uncertainties associated with blast loads and material
properties (especially for wood) justify the use of
simplified modelling techniques such as single degree-offreedom (SDOF) modelling. Such analysis techniques
have been successfully used and shown to accurately
predict the behaviour of various structural elements
subjected to blast loads [9, 21-22]. Methodologies for
carrying out these types of analyses and their limitations
for the purpose of design have also been established in the
literature [15, 23].
In this study, each specimen was transformed into an
equivalent SDOF system by selecting a point of interest,
where the mass, stiffness, and applied force of the real
system are determined and lumped [24]. The
displacement and internal forces with time are then
determined by solving Equation 1.

my 

R

R( y ) 

(t )

(1)

where 𝑦̈ is the acceleration of the lumped entity, m is the
mass of the entity, R is the resistance of the entity at a
given displacement, and F(t) is the applied force at a given
time-step. KM, KR, and KL are transformation factors with
the purpose of transforming the real system into an
equivalent SDOF system. These are calculated based on
assumed deflection shapes [24]. In this case, the entity
which was subjected to dynamic analysis is a
representative T-section, which has a width
corresponding to the tributary width of the studs (406
mm), and a clear span equal to that of the shock tube
opening (2032 mm).
Utilizing the material properties determined during the
static testing phase and the partial composite action (PCA)
between the sheathing and studs, various configurations
of light-frame wood stud walls could now be modelled as
a SDOF system. The resistance curves of the T-sections
were modelled using Equations 2 to 4.
Figure 13:

ollo ing ynamic testing

The catcher system tested captured virtually all the debris
while allowing for the full axial capacity of the studs to be
maintained following a blast. This could potentially be an
intended design approach for such systems, however, it
can be argued that the proposed approach allows for the
blast pressures to enter the building, which can injure the
occupants. While this concern is reasonable, the use of
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input into the PCA calculations to determine the modified
section modulus and bending stiffness of the T-section.
Using Equations 2 to 5, resistance curves were developed
for the five wall configurations, as shown in Figure 15.
50

40

30

Resistance (kN)

where Ru is the ultimate resistance, MP is the ultimate
moment capacity, L is the clear span, MOR is the average
MOR for the studs determined from destructive static
bending tests, SPCA and EIPCA are the section modulus and
bending stiffness, respectively, of the T-section taking
PCA into account. A dynamic increase factor on the
modulus of rupture (DIFMOR) of 1.4 was chosen based on
findings reported by several researchers [3, 7-8, 14].
Similarly, a dynamic increase factor on the modulus of
elasticity (DIFMOE) of 1.18 was used, based on the
findings of a recent study on light-frame wood stud walls
[8].
The nonlinear load-slip curve is a required parameter in
the calculation of the partial composite action, as
developed by McCutcheon [25-26]. Trilinear nail-slip
curves have shown to accurately model the nonlinear
behaviour of nail-stud joints [27-28]. Therefore, the nailslip curves obtained from static joint testing were
modelled by discretizing the curves in three linear
segments: zero to “elastic limit”; “elastic limit” to half of
the ultimate load; and half ultimate load to the ultimate
load, as shown in Figure 14.

20
2 x 6 OSB walls
2 x 6 Plywood walls
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OSB joint
Plywood joint
OSB+Plywood joint

4000

2 x 8 OSB w/ WWM walls
Catcher System
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Figure 15:

2000

taine resistance cur es or ynamic specimens

Similar modelling has recently been used successfully on
individual lumber studs [7] and complete stud walls [29]
subjected to blast loads. Figure 16 displays the
displacement-time histories for W1-2, where the studs
failed prior to sheathing failure.
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Figure 14: ri-linear nail-slip cur es or arious joints

The mid-span deflections, associated with the discretized
points on the nail-slip curve (Figure 14), were calculated
based on the following equation [26]:
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Figure 16: isplacement-time histories or

where Δ is the mid-span deflection, δ is the slip at the
sheathing-stud interface, L is the span, d is the depth of
the stud, and 𝑦
̅ is the distance of the neutral axis above
the stud centroid. The nail-slip stiffness was then used as

8

Time (ms)

10

-

Table 3 presents the predicted maximum displacements
and time-to-maximum displacements versus the
experimentally measured data. The model tends to under-
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predict the maximum displacement on average by 1 % and
over-predict the time-to-maximum displacement on
average by 6 %. It is worth noting that the current model
assumes that the end connections must mimic simply
supported boundaries where no connection failure occurs.
When this condition is met, the model can predict the
flexural response of the studs with good accuracy.
Table 2: Comparison between experimental data and
analytical predictions

Test




R
W1-1
0.94
W1-2
1.06
W2-1
1.00
W2-1ST
1.14
W3-1
0.95
W3-1ST
1.00
W4-1
1.10
W5-1
1.00
W6-1
1.06
W7-1
1.04
W8-1
1.06
W10-1
1.04
W11-1
0.83
W12-1
0.84
W14-1
1.00
W15-1
0.84
ST = sheathing tearing

t

t

R

1.05
1.02
0.98
0.98
0.93
0.89
0.99
0.99
0.92
1.03
1.08
1.10
0.92
0.96
1.10
1.03

CONCLUSIONS
A total of sixteen walls were constructed and tested
dynamically under shock tube induced blast waves as part
of a larger study on establishing the behaviour of lightframe wood stud walls. When subjected to blast pressures,
light-frame wood stud walls with typical construction
detailing tended to suffer premature sheathing failure. The
use of thicker sheathing shifted the failures to the studs,
while concurrently decreasing the amount of sheathing
debris. The amount of stud debris was found to be
partially controlled through the use of screws as fasteners
between the sheathing and the studs. An investigation of
the use of welded wire mesh (WWM) as a reinforcement
of the sheathing or as a catcher system showed promising
results. The pressure in the reinforced sheathing panels
was completely transferred to the studs. In the case of
using the WWM as a catcher system, it was found that the
stud’s residual axial capacity was maintained while the
catcher system was used successfully to capture all the
sheathing debris.
A single degree-of-freedom material-predictive model,
which utilizes the material properties of each individual
component, was successfully validated using the
experimental test results.
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Sandwich panels with stiffeners
André Jorissen1, Johnny van Rie2, Thomas Houben3 and Hèrm Hofmeyer4
ABSTRACT: This paper is the third in range presented at WCTE conferences. During the WCTE 2012 in Auckland
the paper “sandwich structures with wood-based faces” [1] dealt with the behaviour of traditional sandwich panels.
During the WCTE 2014 in Quebec, the paper focussed on these panels with openings for e.g. skylights [2].
In this third paper the modelling of a sandwich panel with stiffeners is analysed. This particular type of sandwich panel
promises a considerably higher load bearing capacity, along with other advantages such as less brittle properties, socalled strong points in the structure itself, which allow for connections, and of course the lack of cold bridging as
known from other stressed skin and stiffened panels.
The paper presented here can be seen as a report on the research efforts carried out at Eindhoven University of
Technology (TU/e), in cooperation with Industry, to provide scientific and experimental background to a building
component which is widely used for mainly roof structures. For this, sandwich panels with stiffeners, applied as infill
panels and roof panels are analysed analytically, numerically and experimentally.

KEYWORDS: sandwich elements, stiffeners

1 INTRODUCTION 123
Sandwich panels combine relative high strength and
stiffness with high thermal insulation. In the paper called
“sandwich structures with wood-based faces” [1],
presented at the WCTE 2012 in Auckland, the structural
performance of sandwich panels with wood based faces,
applied for inclined roofs, was analysed. Additionally,
that paper gave special attention to the bi-axial
compression stresses at the supports. For the paper called
“Sandwich panels with holes“ [2], presented at the
WCTE 2014 in Quebec City, these traditional elements
were further analysed regarding openings for e.g.
skylights. To increase strength and stiffness even further,
so-called stressed skin panels, see figure 1, can be a
solution. However, these panels show areas with reduced
thermal insulation, which in turn increases the risk for
moisture problems.

1

wood based face

2

3

CORE

stiffeners
Figure 1: Stressed skin Panel with core stiffeners: 1,2
and 3: areas with reduced thermal insulation
The sandwich panels studied for this paper are similar to
the panel shown in figure 2; the reduced thermal
insulation in the areas 1,2 and 3 is limited.
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Figure 2: Stiffened Sandwich Panel
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The core consists out of rigid foam thermal insulation
material, which contain up to 98% of gas (i.e. air, CO2,
Pentane). Consequently, the core shows rather poor
structural behaviour. The material does have some
compression strength, however the modulus of elasticity
and shear modulus are low. Thus, when these panels are
loaded in bending, the bending moment is primarily
taken by the faces and timber stiffeners.
Shear load is taken by the core (the insulation material)
resulting in shear deformation. Whereas for rectangular
timber beams shear deformation can normally be
neglected (it generally accounts for less than 3% of the
total deformation), here shear deformation of the
insulation causes more than 30% of the total deflection.
Furthermore, due to strengthening of the wood based
faces by the added stiffeners, shear failure may be
among the expected failure mechanisms. Consequently,
shear failure limits the contribution to the strength by the
stiffeners.
This paper informs on to what extend the usual
approaches for bending stiffness, shear stiffness and
effective width are still valid for this particular type of
sandwich panel. To verify this, finite element
simulations and experimental research has been carried
out on four different types of panels, ranging from a
normal sandwich (no stiffeners and laths) to a panel with
stiffeners, as shown in figure 2 (in which a gypsum
board is added for fire resistance).
All analyses described in this paper are based on a socalled four point bending test as shown in figure 3 in
which the span L = 3000 mm. The load 𝐹 is applied on
the panel, distributed via a hinged bridge structure
shown in figure 14 on a distance 𝑎 = 𝐿/3from the end.

remain planar and perpendicular to the beam axis. Shear
deformations are not regarded.
bending: 


beam axis
cross sections (plain)
Figure 4: Euler-Bernoulli beam

Here, due to significant shear effects, this ordinary beam
theory cannot be applied anymore.
When it is assumed that for shear the relatively stiff
wood based faces deform similarly to the core (i.e. crosssection remain planar), as shown in figure 5 on the right,
analyses can be carried out according to Timoshenko’s
[4] theory, shown in figure 6.

bending

shear

deformations

Figure 5: Bending and shear deformations
As mentioned, this is only possible when the wood based
faces can be regarded as relatively thin and are able to
match the shear deformations. In that case the faces are
uniformly loaded in tension or compression (no bending)
and the core is uniformly loaded in shear.

bending: 
shear: 




beam axis
cross sections (plain)
Figure 6: Timoshenko beam;  is constant over the beam
height.

Figure 3: Set-up of the four point bending test

2 THEORETICAL ANALYSES
2.1 Beam theories
Ordinary beam theory (Euler-Bernoulli [3]), shown in
figure 4, only takes bending deformations into account
by assuming that in the deformed situation cross-sections

For sandwich elements with rather thick faces it can no
longer be assumed that the deformation of the faces is
similar to the deformation of the core and a more
advanced analysis according to Ready-Bickford,
indicated in figure 7, has to be applied [3].
In this case the faces are not loaded uniformly over the
face thickness: the faces are loaded in bending as well.
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bending: 
shear: 

wmax 



With:

beam axis
warping cross sections
Figure 7: Ready-Bickford beam; is NOT constant over
the beam height.
It is clear that the selection of either the Timoshenko or
the Ready-Bickford model depends on the bending
stiffness of the faces; thick faces have a considerable
bending stiffness, thin faces have not. Allen [8] defines,
that the bending stiffness of the faces (EIface) can be
ignored if this is less than 1% of the total panel bending
stiffness (EItot).
The values for EItot and EIface are explained in figure 8.

e1

E 1 G1

E 2 G2

Z

e3

e

e2

neutral axis for bending

E 3 G3
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(1)

1
b d i3 ; faces : i  1 and i  3
12

(2)

3

Z

AE z
1

i

i i

(3)

3

 Ai Ei
1

Figure 8: Bending stiffness of the faces.

The variables in equations (1), (2) and (3) are defined as:

e1  d  Z  
e3  Z 
z1  d 

d3
d1

2

d1

2

; e2  Z  d 3 

d2

2

;

; b  panel width

; z  d3 
2 2
Ai  panel width . d i

d2

2

; z3 

d3

2

Remark: the panel width equals b = 900 mm or b = 1020
mm forthe panels analysed.
The four-point bending set-up as shown in figure 3
allows a study of both the bending and shear stiffness
separately. For a Timoshenko beam the maximum
deflection can be determined using eq. 4.

FL
23 F L3

1296 EI tot 6 GAtot

(4)

wmax = maximum deflection (at mid span) [mm]
F = total load applied, see figure 7 [N]
L = span [mm]
EItot = bending stiffness according to eq. (1)
GAtot = shear stiffness according to eq. (5),based
on [5].

 1
GAtot   2
 be

 d1
d 
d

 2  3  
 2G1 2 G2 2 G3  

1

(5)

Remark: see figure 8 for the symbols used in
equation (5).
2.2 Effective width
A so-called effective width is defined for stressed-skin
(figure 1) and stiffened panels to model the part of the
faces that contribute to the strength and stiffness. In the
case of a stressed skin the load carrying part is modelled
as an I-shaped cross section of which the flange width
equals the effective width described by Möhler [6]. In
this study equation (6)from SKH 09-01 [7], resulting in
exactly the same values for the effective width as
evaluated by Möhler, is used. The effective width
according to equation (6) and Möhler are both shown in
figure 9.
For the case of the sandwich panels with stiffeners as
described in this paper, it is assumed that the effective
width approach is valid too, taking into account two
aspects. First, it should be checked that the shear stresses
in the thin flange (face) do not exceed the shear strength.
Second, the flange (face) might suffer from out of plane
buckling, however, this is considered not to be relevant
here since the flange is fully glued to the core.
Consequently, the effective width as defined by equation
(6) underestimates the “real” effective width (and is
therefore conservative i.c. on the safe side).

  a E0 , panel
r
tanh
 2 L G panel

bef 
 E0 , panel
2L






(6)

G panel

With: bef= effective width < the spacing between the
stiffeners [mm]
ar= spacing between the stiffeners [mm]
L = span = 3000 [mm]]
E0,panel= Young’s Modulus = 2400 [N/mm2]
Gpanel= Shear Modulus = 200[N/mm2]
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bef . n
b
1,0

n=6

L = 3000 mm
b = 1020 mm
n = number of stiffeners

0,9

n=3

0

0,8
0,7

0,6
0,5
0

Möhler

n=2

equation (6)

0

0,1 0,2 0,3 0,4 0,5

series 1: no stiffeners – no laths

ar / b

1,0

Figure 9:Effective width in relation to the distance in between
the stiffeners

3 FINITE ELEMENT SIMULATIONS
In order to study the effects of the stiffeners, a finite
element model has been developed (using Abaqus 6.14
standard). The aim was to create a parametric
geometrical model, able te model all the variants in this
paper. The main aim of the model is to give insight in
the local 3 dimensional effects caused by the stiffeners
and laths; the question is whether these can be ignored or
not. Once the model is validated using experimental
results described in this paper, it can be used for
different geometries and material properties not included
in the experiments.
3.1 General
The 3D geometrical models are shown in figure 10; see
also figure 2. The span L = 3000 mm.
All simulations are linear elastic. Nonlinear material
behaviour is not taken into account and consequently the
finite element simulations will deviate from the
experimental results as soon as experimental strains
surpass the elastic limit.
The Young’s modulus and the Shear modulus are used
as separate parameters (not depending upon each other);
for the face material these values are listed in the legend
to equation (4).
3.2 Set up
The model consists of a 3D geometry for which the outer
surfaces (faces) are meshed with so-called S4R shell
elements. These elements include bending stiffness for
the case the face thickness cannot be ignored and use
’reduced integration’ and ’hourglass control’. The core
of the model is meshed with C3D20R volume elements.
These are solid, continuous elements with 20 nodes and
8 integration points. Also here ’reduced-integration’ is
used.

all elements in a panel are 100% glued together.
Figure 10: Geometry of the modelled (and tested) panels (see
also table 1)

3.3 Results
As indicated in figure 10, four different types of panels
have been simulated. The first panel (series 1) is a
normal sandwich with a gypsum board added. The
second panel type (series 2) is the same as the first, but
now 3 counterbattens (laths) are added. The third panel
type (series 3) is the same as the second but now four
stiffeners (in the panel courners) are added. The fourth
panel type (series 4) is same as the third but with 2 extra
stiffners added (in the middle of the panel).
The geometrical model including the stiffeners and/or
laths has not been made conformal. Instead the meshes
of the core, faces, stiffeners and laths have been
connected by applying so-called “tyings” between the
representing geometrical parts. These result in
automatically generated couplings and/or constraint
equations between the nodes of the different meshes.
Remark: the panels from series 1 are, as expected, by far
the weakest and the faces are sensitive to wrinkling due
to bi-axial compression in/on the faces at the supports
and the load locations as described in [1]. Panels out of
series 3 and 4 do not have that particular problem due to
the stiffeners and the counterbattens (laths).
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Figures 11 (vertical deformations), 12 (longitudinal
shear stresses) and 13 (loacal bending stresses) show
some results for series 4

b = 1020 mm

series 4

series 4

Figure 11: Vertical displacements.

series 4

cut

bs
face
stiffener (tension + bending)
stiffener (compression+bending)

core

shear stresses

cross section

bending

support

hs

lath
bb

hb

load locations

stresses in lath (compression+bending)
stresses in face (compression)
stresses in stiffener (compression+bending)
stresses in stiffener (tension + bending)
stresses in face (tension)

Figure 13: Bending stressesover the panel thickness at the
counter batten location (at x = L/3: near the load introduction)

4 EXPERIMENTS
Figure 12: Longitudinal shear stresses.

In figure 12 both a longitudinal and a cross-sectional cut
cut has been made to show that shear stresses differ
lengthwise as well as lateral. It seems that at the location
of the stiffeners and counter battens (laths), considerable
higher shear stresses develop. The shear function is, in
principle, the derivative of the bending moment function.
Consequently differences in bending stresses along the
beam axis (in x-direction) have to be taken care of by
shear stresses. Since these differences are high near the
stiffeners / counter battens the shear stresses are high at
these locations.
In figure 13 the tensile and compression stresses in the
cross section at the counter batten and the stiffener of
series 4 are presented. The stresses in the faces can be
regarded as being constant (due to the low face thickness
of 3,2 mm). The stresses in the stiffeners and counter
batten are not constant due to the relative high bending
stiffness of these elements.
As such Timoshenko’s beam theory might not be
applicable. This can also be checked using equations (1)
and (2) referring to the 1% statement of Allen [8]
mentioned in 2.1; the local bending stiffness of the faces
(EI1, equation (2), including the stiffeners and counter
battens) reaches about 1,4% of the total panel stiffness
EItot (equation (1)).

Experiments have been carried out in the Pieter van
Musschenbroek laboratory of the Eindhoven University
of Technology (TU/e). In total 20 specimens have been
tested in a four point bending test set up, 5 for each
series. Dimensions are presented in table 1, with the span
length L = 3000 mm for all series.
Table 1: overview of the samples tested.

number of

series

sample [mm]

stiffeners battens samples length width
1

0

0

5

3500

900

2

0

3

5

3500

900

3

2+2

3

5

3500

1020

4

3+3

3

5

3500

1020

The face material is for all specimen P5 particle board;
the core material is EPS 80 (expanded polystyrene with
compression strength of 80 kN/m2). The bottom face has
a white finish and the top face is green (this causes a
slight difference in stress strain relationship; see [9])
The test set up is shown in figure 14.
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numerical results and the analytical results according to
equation (5) are also shown in table 2.

load cell

load introduction

sandwich
panel

shear deformation
measurements (LVDT’s)

Table 2: Shear stiffness GA

steel
sections

measurement of vertical
deformations (LVDT’s)

Figure 14: Test set up with measurement locations.

4.1 Shear stiffness measurements
The shear stiffness is measured according EN 408
2010[10] This method uses a diagonal cross along the
side of the sample. When the sample is loaded, the
diagonals will change in length from which the shear
angle and the shear stiffness can be determine; see fig 15
and equations (7) and (8).

 V

w2  w1
GA
h0
 V h0
GA 
w2  w1





(7)
(8)

series

shear stiffness GA [kN]
experimental numerical
equation (8)

FEM

equation (5)

457

588

454

2

387

419

454

3

425

468

514

4

436

488

514

It is remarkable that the experimentally and numerically
determined shear stiffness for series 2 is lower than for
series 1. The reason for this is that the measurement is
carried out locally (at the panel edge, where a counter
batten (lath) is present). The stresses near the counter
batten are higher (as discussed before); the locally higher
shear stresses, not accounted for in the global shear load
with which GA is calculated, result in higher shear
deformations and, consequently, a lower GA value. In
the globally determined GA according to equation (5) the
total cross section is taken into account and exceeds
therefore the experimental and numerical values.
4.2 Deflection
Figure 16 shows the experimental load deformation
graphs for all experiments and the average for each
series.
35
30

25

average series 3
average series 4

series 4
series 2

V

h0

20

V

analytical

1

force F [kN]

steel
sections

15

average series 2

10
5

0

series 1
0

series 3

10

20

average series 1

30
40
50
60
deflection at mid span [mm]

Figure 16: Load versus displacement: Stiffness

Figure 15: Device for shear stiffness measurement

With :w1;2 = length change [mm] at of both LVDT’s
due to a change in shear force
V
= change in shear force [N]
α
= ratio max shear-to average shear
stress
h0
= projected height between top and
bottom of the device
Table 2 shows the results of the shear modulus
measurements. In addition, for comparison, the

All the series show a linear-elastic branch, slowly
changing in a nonlinear branch, ending with a rather
sudden failure.
The failure load is clearly increasing from series 1 to 4.
It is remarkable that the difference in between series 3
and 4 is rather small, so the added stiffeners in the
middle do not seem to be very effective. Both series 3
and 4 show shear failure in the core material which
explains that the load carrying capacity of series 4 is
hardly increased compared to series 3.
The experimental results show a slightly more stiff
behaviour than is expected according the FEM and the
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force F [kN]

analytical values. This is shown in figure 17, as an
example for series 3.
35

equation (4)

30

series 3

25

specimen

20
15

10

numerical

5
0

0

10

30
40
50
60
20
deflection at mid span [mm]

Figure 17: Comparison of the experimental load-slip curves
with those determined with FEM analyses and equation (4) for
series 3.

4.3 Strain in the faces
Using strain gauges the strain in the lower face has been
measured at mid span. This is particularly interesting for
the panels with stiffeners since it is expected that for
these the strain varies over the panel width, although, as
shown in figure 18, the strain also varies slightly over
the panel width for panels out of series 1 (panels without
stiffeners).
panel width (1020 mm)

Strain [mm/m]

0,5

series 4
series 3

100% load (strain at failure):
series 4

100

300

The finite element simulations reveal the stresses in the
counter battens (laths), faces and stiffeners, among
others representing bending stresses, as is shown in
figure 13. These local effects are not taken into account
in the SKH 09-01 publication [8] (equations (4), (5),
(6)). However, the global behaviour of the panel, as
expressed in the load-deformation behaviour graphs of
figure 15, does not seem to be affected seriously by these
local effects.
The shear stresses in the core increase compared to these
stresses in panels without stiffeners which may result in
shear failure of the core material. Indeed, these failures
have been observed during the experiments on panels out
of series 3 and 4, which additionally indicate that the
extra stiffener applied in the series 4 panels do not or
hardly contribute to the load carrying capacity.
Near the stiffeners and counter battens the shear stresses
in the faces are much higher compared to the shear
stresses in the face materials without the stiffeners.
Although a shear or buckling failure due to these higher
stresses did not occur during the experiments, this failure
mode has to be considered and studied in more detail.

REFERENCES

series 1

series3
3

5 CONCLUSIONS

Finally, panels with stiffeners do not remain flat in width
direction as indicated by figure 18.

50% of the failure load:

2

In general, it can be seen that the strain is reduced at
stiffener locations. This is to be expected since this is
actually the background for the effective width described
in 2.2.
Figure 16 also indicated that the panel curves (not flat)
over the panel width.

series 1
500

700

1000

Figure 18: Strain variation over the panel width at mid span.

The measuring have been carried out at different lateral
distances from the edge of the panel. Figure 18 shows
the average strain for series 1, 3 and 4 at 50% and 100%
of the maximum load level. Series 1 and 2 have the same
configuration at the lower face and show the same result.
Series 4 shows the largest variation; due to the fact that
this series also has a stiffener in the middle at the bottom
face, this is expected (at this location the stiffener
restraints the face). Series 3show a maximum strain in
the middle (no stiffener present at th bottom face at this
location).

[1] Jorissen A.J.M., Rie, J.L.G. van, Groot, W.H. de &
Luimes, R.A.. Sandwich structures with wood
based faces. In Hugh Morris & Pierre Quenneville
(Ed.), Oral : Paper presented at Proceedings of the
World Conference on Timber Engineering (WCTE
2012), 15-19 July 2012, Auckland, New Zealand,
(pp. 202-210). www.WCTE2012.com, 2012.
[2] André Jorissen, Luc Castelijns, Johnny van Rie and
Herm Hofmeyer. Sandwich panels with holes. In
Alexander Salenikovich (Ed.), Oral : Paper
presented at Proceedings of the World Conference
on Timber Engineering (WCTE 2014), 10-14August
2014, Quebec City, Canada, 2014.
[3] C. Wang, J. Reddy en K. Lee. Shear deformable
beams and plates: relationships with classical
solutions. Elsevier, Amsterdam, 2000.
[4] Gere J. &. S. Timoshenko. Mechanics of materials.
PWS Publishing Company, London, 1997.
[5] VandenBossche P. Rapport nr. 3185: Bepalen
afschuivingsmodulus met behulp van de
vierpuntsbuigproef. Technisch centrum der
houtnijverheid (TCHN), Brussels, 2003 (in Dutch).

WCTE 2016 e-book | 4589

[6] K. Möhler, G. Abdel-Sayed en J. Ehlbeck. Zur
Berechnung
doppelschaliger,
geleimter
Tafelelemente. Calculation of Double-Shell Glued
Panels. ISSN: 1436-736X. Springer, Karlsruhe,
1963.
[7] A. Jorissen en J. van Rie. SKH-publication 09-01.
Praktische rekenmethode voor sandwich en
sandwich rib elementen. SKH, Wageningen, The
Netherlands, 2009 (in Dutch).
[8] Allen H.G. Analysis and design of structural
sandwich panels. Pergamon Press. London, 1969.
[9] Wim, de Groot. Master thesis. Buigings- en
dwarskrachtvervorming van sandwichpanelen.
Eindhoven University of Technology. 2008.
[10] EN 408. Timber structures. Structural timber and
glued laminated timber. Determination of some
physical and mechanical properties. CEN, Brussels,
2003.

WCTE 2016 e-book | 4590

Hybrid wall-slabs for multi-storey buildings – made of timber with a directly
applied mineral cover layer
Christian Dorn, Alexander Stief1, Karl Rautenstrauch2
ABSTRACT: A sustainable handling of the worldwide available resources requires an innovative and comprehensive
ecological concept especially for multi-storied timber buildings. Therefore, profound investigations [1], [2] were done
with the aim to develop an efficient composite system, which combines the distinguished properties of wood with
common mineral building material anhydrite. This mineral has a high capacity to accumulate thermal energy and
moisture for a balanced indoor climate.
Anhydrite layered walls, made of stacks of boards or solid crosswise nailed timber, are developed and investigated for
modern residential multi storey buildings. The mineral layers are in direct connection with the timber. The
serviceability under vertical and horizontal load was examined. Numerical structural models were developed and
verified with the results of measurement by Close-Range Photogrammetry (CRP) experimental tests.
KEYWORDS: hybrid timber construction, anhydrite

1 INTRODUCTION 1 23
Wood is the most ecological construction material with
low death weight but very good properties in loadbearing capacity as well as in physical behaviour. This
natural material is suitable for thermal protection as well
as for thermal and moisture compensation. There is a
high renewable capacity of timber in the forests of
Europe, which has not been used as possible yet.
Nowadays there is a great demand on high quality
material for producing glulam or scantlings for several
uses. Most of the timber has to be sorted for strength
category C24 or better. However, there accrues a high
rate of timber with a worse category at the saw mills,
which is hard to sell. At full timber building
components, also low quality wood can be treated, even
for load-bearing elements. While growing the trees
assimilates a lot of carbon dioxide from the environment
and accumulates it in the wood. So there is a positive
aspect in integrating also the timber with worse
properties into the buildings. At the assignment as
construction material, it does not need much energy to
process and the carbon dioxide is stored inside the
construction. After a practical lifetime, the material can
be re-used as an energy source with a balance almost at
zero.
Two kinds of timber walls were used in the
investigation. The first type was a stack of boards,
connected with hardwood dowels (see Figure 1). This
1

Christian Dorn, christian.dorn@uni-weimar.de
Alexander Stief, alexander.stief@uni-weimar.de
2
Prof. Dr.-Ing. Karl Rautenstrauch
karl.rautenstrauch@uni-weimar.de

kind of wall has a high load capacity for vertical load but
a low stiffness in case of horizontal forces. Another type
was a solid timber wall, with the trade name “MHM Massiv Holz Mauer” by Hundegger Maschinenbau
GmbH (see Figure 2, [5]). It is made of boards, which
are connected cross wise with small threaded aluminum
nails. Therefore, the walls have a better rate of diffusion
compared to CLT, where glue is used for the connection
of the boards. Additional, the insulation of the walls is
better because of small grooves in the boards, which
encloses air.

Figure 1: Shear wall element – stack of boards
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Figure 2: shear wall – MHM element

Anhydrite is a mineral, which can be used as a natural
material with very low need of energy while processing.
It has solely to be mined, grinded and maybe mixed with
sand. There is no demand for energy intensive processes
like kiln. Anhydrite has a high capacity for accumulating
thermal energy and moisture. Furthermore, it has an
excellent usability for decking because of its
compression strength and better tension strength
compared to cement compound materials.
Both materials are combined to create a hybrid system
for the use as walls and ceilings in multi-storey
residential buildings with low cost, comfortable life
climate and an excellent carbon footprint. The inner
surface of the timber wall and the upper side of the
ceiling are covered with a layer of mineral plaster or
anhydrite floor. There are no metal connectors in this
hybrid system. The fresh plaster is placed directly on the
wooden surface. In this context, it is helpful to use only
saw cut timber without planning. In addition, the little
differences between the single boards support the
bonding. In case of walls, made of stack boards, this
connection is strong enough to increase the stability of
the walls to be used as shear walls.

2 Design and Construction
Hybrid elements made of timber and anhydrite are a
benefit for the use at residential buildings because of
their excellent properties concerning the life climate. A
high bearing capacity for vertical load is heeded for the
possibility to tread as to use the wall elements for multistoried buildings. Therefore, the board stacks are placed
in vertical direction over the whole height of the
building. There are no vertical beams planed for
construction in the connection joint between the levels.
The horizontal forces are increasing in case of elevated
constructions, e.g. of higher wind load. These reasons
are the base for investigations on shear stability of board
stack elements with reinforcing by decks of anhydrite
floor or plaster. The tested walls are made of 45 spruce
boards with a cross section of 4 x 10 cm and a length of
250 cm in customary quality. They are connected with

eight hardwood dowels with a diameter of 20 mm. The
dowels are placed every 30 cm over the length of the
wall.
In addition to wall elements, consisting of board stacks,
MHM elements were examined. The solid timber wall
with the trade name “Massiv-Holz-Mauer®” by
Hundegger Maschinenbau GmbH is made of crosswise
layered boards, connected by threaded aluminium nails.
Grooves are cut into the external boards, for a better
mechanical interconnection of the plaster with the
wooden surface (Figure 3a). In collaboration with
industry partners, a new mineral surface layer, which can
easily be applied to the inner side of a wall, was
developed. The special base coat is much drier than
conventional plasters and is applied with high pressure
on the wooden surface (Figure 3b). The surface of the
wood was treaded with special vapour permeable
primers to counter high water impact while the process
of plastering. Because of the structured surface of the
timber construction and the binder calcium sulfate, the
cover is strongly bound to the timber. The finish coat is
also a water reduced plaster system, which can be
applied in two layers up to 40 mm thickness (Figure 3c).

a)

c)

b)

d)

Figure 3: Direct application of several layers of plaster on the
wooden surface

In addition to the ecological aspects of timber, also the
components of the mineral layer were selected according
to criteria like low-energy treatment and regional
availability. The base represented different mineral
layers:
• gypsum –lime plaster,
• gypsum – anhydrite plaster,
• lime plaster and
• anhydrite plaster.
With regard to moisture ingress into the wooden surface
and the adhesive tensile strength, total of 20 mixture
recipes were tested. For these studies, individual rough
sawn boards with different adhesive agent were
investigated. Best results provided in this case an
innovative plaster formulation of gypsum, lime and
anhydrite (see Figure 4).

Adhesive tensile force
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Types of plaster
Gypsum-Lime-Plaster
Anhydrite-Lime-Plaster
Gypsum-Lime-Anhydrite-Light plaster III
Gypsum-Lime-Anhydrite-Light plaster XII
Gypsum-Lime-Anhydrite-Light plaster XVII

was used for displacing the wall element at the bottom.
The reaction forces were measured by electronic load
cells, the displacement by linear variable displacement
transducers (see Figure 6).
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Figure 4: results of adhesions tests

In a first step the shear stability of pure board stacks and
MHM walls were analysed. Afterwards a 3-4 cm strong
layer of anhydrite floor or plaster was placed on the
surface of the wooden elements. In addition, the
convenience anhydrite screed or plaster was modified for
instance with wooden fibres, to equalize the water
content during processing and to reinforce the anhydrite
to resist the cracking caused by the shrinkage while
hardening or under load.

Figure 6: Experimental setup of shear wall tests

In addition, the deformations of the hybrid elements
were monitored by 3D-Photogrammetry. Therefore, two
high resolution greyscale CCD-cameras were used.
Targets at the specimens helped to detect deformations
in each direction. On this way, it was possible to
visualise the stress distribution over the whole wall.

3 Experimental investigations
For the experiments, an experimental frame was created
to investigate whole size walls with variable vertical
load. By technological reasons, the displacement of the
top of the wall, expected from the wind, was simulated
by displacing the bottom of the wall. Several modes,
simulating the positioning of the wall inside the building,
can be tested by restraining the torsion of the bearing
(see Figure 5).

Figure 7: Test frame with embedded shear wall

Figure 5: Test Modes for simulating diverse mounting
situations of the wall inside the building

The elements were placed at the steel frame and fixed
over the whole length with customary screws like they
could be used to assemble the walls on building site.
During the test the death load, depending on the height
of the building, was simulated by the vertical load
generated with constant ballast. A hydraulic jack system

Every wall element was tested as row timber element
and with a decking made of modified anhydrite floor or
plaster. The basic tests for every test-specimen were
done by displacing the bottom of the wall element
according to the load history, shown in Figure 8.
Furthermore, tests were concluded with repeated cycles
in different deflexion in each direction. Based on ISO
21581, these studies served to review the degree of
damage between the timber surface and the mineral
layer. Due to the high ductility of the composite
component and the structural constraints of the test
frame a maximum displacement criterion of 50 mm was
set, which was significantly above the normal boundary
considerations for deformation of shear walls is. Despite
of the numerous shear cracks in the mineral layer, a very
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Figure 8: Load history of basic tests

Figure 9: Load history of cycle tests

The MHM walls do not need reinforcement. The load
capacity for shear force is high enough to carry the
horizontal load, for instance induced by wind impact.
The assignment is, to find a formulation of the mineral
layer, which endures the deformation of the wall. This is
important for earthquake resistance. The wall for itself is
yieldable enough to absorb much energy because of the
many small nails. However, it is important, that the
connected structural elements are also resistant and do
not become a hazard for the inhabitants.
The quantity of the dissipated energy Ed can be
determined using the enclosed area of the hysteresis
curves. The equivalent viscous damping coefficient νeq
as ratio of dissipated energy and potential energy Ep can
be used to compare different systems (see Figure 10).

E
d
υ =
eq 4π  E

(1)

p

Due to the multiplicity of nails, which connect the layers
of timber, the MHM-element offers an acutely ductile
behaviour under cyclic loading. Figure 11 shows the
deformation behaviour of a MHM-wall element. The
entire energy dissipation of the wall element is
characterized by the plastic behaviour of each connector
(after reaching the yield moment), the embedment

strength and the friction between the single boards.
Compared with framework walls and cross-laminated
timber (CLT), the stiffness of the MHM element is lower
and more ductile. Thus, energy could be dissipated over
the whole area of the wall element, not only in local
zones. Especially the hold downs and the connecting
brackets, made of slim metal sheets, are the failing
elements at very stiff walls under cycling load. The
equivalent viscous damping coefficient of the raw MHM
elements was determined with νeq = 0.195 (see equation
(1)) in the last cycle with the maximum displacement.
During the first cycles, with a lower displacement, the
coefficient was measured with νeq = 0.23. This amount is
essentially dependent on the vertical load and the
mounting situation of the wall in the testing-frame.
Therefore, for a better comparability, all shear walls
were tested with a constant vertical load of 25 kN/m.

Figure 10: Determination of equivalent viscous damping
coefficient of a raw MHM-element; cycle with the maximum
displacement

In repeated measurements, it was shown that such
materials have high capacities and a ductile failure
behaviour. This advanced test results benefit the hybrid
walls also for the appropriation in earthquakes
influenced areas. The decrease of stiffness after three
cycles with a displacement up to 50 mm in each
direction is very low, as shown in Figure 11. Therefore,
a nearly faultless interconnection could be assumed.
60

19_SW-MHM-6x4+F-WE-GKAL-XVII
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raw timber shear wall (MHM)
hybride shear wall

40
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good bond between the two materials could be detected
(see Figure 9).
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Initial stiffness
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Figure 11: Influence of mineral cover layer to the stiffness
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Despite successive crack development at displacements
greater than 30 mm, there were no plaster peeling. The
crack propagation is shown in Figure 12. Even after the
end of the cyclic test, both materials could be difficult to
separate.

The load-deformation-curve with different mineral
layers at stack of board elements is shown in the next
diagram (Figure 11). The profile of the elements surface
was varied. A strong profiling of the surface influences
the stiffness significantly after the mineral top layer is
applied.

Figure 14: Comparison of stiffness between different versions
of plaster

Figure 12: Crack initiation development and crack
propagation of cyclic test (red 30 mm, blue 40 mm,
green 50 mm displacement)

The comparison between raw board stacks and a MHM
element without decking of plaster or screed shows
significant differences in stiffness. Due to the multitude
of nails, which connect adjacent layers, the MHM
element has a considerable higher stiffness (see
Figure 10, left). Furthermore, the stiffness of the hybrid
elements was increased effectively by the direct
interconnection between timber and the mineral covering
layer. The decrease of stiffness after three cycles with a
displacement of 30 mm in each direction is very low, as
shown in Figure 11. Therefore, a nearly faultless
interconnection could be assumed.

Figure 13: Force-displacement curve – stiffness increasing by
application of plaster in direct interconnection to the raw
timber element by MHM

Several kinds of application technologies and different
formulations of plaster were tested at wall elements with
a non-profiled and a profiled surface. The influence of
the materials and technologies is shown in the next
diagram. First tests are made at wall elements without
profiled surface, whereby the saw cut boards are
mounted parallel in one plane. Customary gypsum lime
plaster was applied wet in wet in two layers and
compared with a special formulation of plaster on the
base of anhydrite as ground layer with dry application
machine in combination with a final pass of gypsum
lime plaster. For dry application, the material is
transported with high pressure through the pump and
hose and is mixed with water directly at the nozzle. The
advantage of this technology is the lower percentage of
water in the material and the high application pressure.
Thus, a good interconnection and less impact of water to
the timber is induced. For further tests the wall elements
get a profiling due to the integration of boards with
larger or smaller depth with rough surface. The plaster
can run into the notches whereby the load capacity and
the stiffness perpendicular to the boards increase
obvious. The same application technologies and
variations of plaster are tested with these kinds of wall
surface.
To assess the swelling and shrinking behaviour of the
timber surface, the influence of capillary moisture
transport processes was investigated. Based on existing
measurement data of temperature and humidity gradients
of a representative usage situation, several studies on
moisture content changes of timber at the interface point
between plaster and the wooden element with variation
of the plaster thickness were carried out. The result of
these numerical simulations showed, that thin plaster
layers cannot be sufficiently buffered temporary
moisture peaks, so it comes as a result of the high
capillary moisture transfer capacities of plaster to a high
amount of variations in moisture content on the upper
timber layer. The increase in plaster thickness minimizes
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this effect and prevents unplanned restraint forces in the
bonding joint by moisture-related changes in volume of
timber. Taking account of technological boundary
conditions and numerical simulations, an optimum was
at about 40 mm.
Without plaster
15 mm plaster thickness
40 mm plaster thickness
60 mm plaster thickness

moisture content of wood (M-%)
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4 CONCLUSIONS
The investigated hybrid composite system combines the
excellent properties of the used natural building
materials in an overall ecological concept for the
construction of multi-story timber buildings and confirm
the suitability of excellent materials for load-bearing
systems. The tests have shown, that it is possible to
combine these materials without any separating layers in
order to use the benefits of each material to its full
extent. The best compound characteristics could be
obtained using a newly developed anhydrite plaster and a
special profiled wooden surface. Hybrid materials result
in many additional advantages of building physics, like
damping moisture and heat peaks. To recycle such
constructions based on hybrid materials the different
materials can be easily separated. Furthermore, the loadcarrying timber elements (walls as well as ceilings) are
effectively protected by the additional full-surface
mineral layer.

Figure 15: Moisture content of wood at the boundary to the
plaster for different coating thicknesses

To complete the hybrid construction system, additionally
large-scale ceiling slaps, consisting of anhydrite screed
and profiled stack of boards (PHE® by Hundegger) were
tested under static bending loads (see Figure 16, [1]),
with the result of a rigid bond between both materials for
deflections more than the allowable limit criteria for
serviceability (see Figure 17).

Figure 18: Schematic representation of the complete hybrid
construction system, consisting of timber and mineral layer in
a directly interconnection
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EXPERIMENTAL STUDY ON SEISMIC BEHAVIOR OF WIDE-BOARD
WALLS IN EXISTING TRADITIONAL WOODEN STRUCTURES
Atsuo Takino1, Yoshiyuki Suzuki2
ABSTRACT: In Japan, wide-board walls are sometimes used in traditional wooden structures, such as shrines and
temples. Such walls are expected to offer a degree of seismic protection. However, the seismic behavior of wide-board
walls has not yet been thoroughly investigated. In the present study, in-plane shear tests of frames including board walls
were conducted, and the seismic performance mechanism of wide-board walls was clarified. In addition, a seismic
strengthening scheme with stiffening bars in the board walls was suggested, and the reinforcement effect of this scheme
was verified through in-plane shear tests.
KEYWORDS: Seismic behavior, Board wall, Stiffening bar, Traditional wooden structures, Seismic strengthening

1 INTRODUCTION 123
Constructed in 1911, Higashi Honganji Goei-dō Mon is
the two-story gate of Higashi Honganji Temple (Figures
1 and 2). This gate, which is approximately 27 m in
height and 20 m in width, is a traditional wooden
structure that incorporates wide-board walls made from
Japanese zelkova with dimensions of approximately 900
mm × 1400 mm × 32 mm (width × length × thickness)
(Figure 3). These wide-board walls are expected to offer
seismic protection; however, the seismic behavior of
such wide-board walls has not yet been fully elucidated.
In the present study, in-plane shear tests were performed
on frames containing board walls, and the mechanism of
the seismic performance of wide-board walls was
clarified. In addition, a seismic strengthening scheme
with stiffening bars in the board walls is proposed, and
the stiffening effect of this scheme was verified through
in-plane shear tests.

Figure 2: Elevation of Higashi Honganji Goei-dō Mon

Figure 1: Higashi Honganji Goei-dō Mon

Figure 3: Wide-board walls
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2 IN-PLANE SHEAR TESTS

Table 1: Cross-sectional dimensions and tree species of
members

2.1 SPECIMENS
The configurations of the specimens are shown in Figure
4, and the section size and tree species of the members
are given in Table 1. Specimen 1 is the standard
specimen and was designed based on field investigation.
This specimen contains three board wall panels inside
the frame. The width, length, and thickness of the boards
are 283.3 mm, 872 mm, and 60 mm, respectively, with
each board comprising two stacked 30 mm-thick boards.
As shown in Figures 5 and 6, the specimen contained a 3
mm clearance gap between the upper beam and the
board wall in reference to the actual situation, and a 10
mm clearance gap between each pair of adjacent board
wall panels to avoid an increase in strength caused by
friction between the board wall panels.
The loading beam, base, and columns were made of
Japanese cypress, and the beams were made of Japanese
zelkova. The joint between the column and the upper
beam was a hikidokko–shachisen joint, which is a
traditional Japanese joint (Figures 7 and 8). In hikidokko
joints, two members are joined at a right angle by a
spline tenon, and shachisen are tapered keys that are
hammered into slots formed by matching cuts in the
tenon and mortise when the two are joined.
As shown in Figure 9, the board wall panels in
Specimens 2 and 3 were reinforced with one and two
Japanese oak stiffening bars, respectively. Two
configurations of Specimen 4 were tested. In the first,
the frame without a board wall, which is called
Specimen 4-1, was tested to confirm the relationship
between the load and the drift angle of the frame
independent of the wall. Specimen 4-2 was then
reconstructed as a single-panel board wall composed of
structural plywood to determine the behavior of one
wide board wall.
loading beam

Cross-sectional
dimensions (mm)
120×180
Loading beam
Column
120×120
Beam
125×160
Base
120×120
Board wall panel width: 283.3
thickness: 60
(two stacked 30 mm
thick boards)
Strengthening bar 30×60

Tree species
Japanese cypress
Japanese cypress
Japanese zelkova
Japanese cypress
Japanese cypress

Japanese oak

loading beam

column

beam
3 mm clearance gap

10 mm clearance gap
board wall

beam
base
Figure 5: Cross-sectional projection of specimen

Units:mm
beam
board wall

column

beam
970

base
strengthening bar

1500

<Specimen 1>

Figure 6: 10 mm clearance gap between adjacent board wall
panels
<Specimen 3> strengthening bar

<Specimen 2>

<Specimen 4-1>

1500

1500

structural plywood

<Specimen 4-2>

Figure 4: Configurations of test specimens
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the specimen height. The lateral load sequence consisted
of two cycles for each value of R (1/300, 1/200, 1/150,
1/100, 1/75, 1/50, 1/30, and 1/15 rad) followed by a half
cycle with R = 1/10 rad. The upper beam was
constrained by a steel sag rod (turnbuckle) to prevent the
uplift of the columns.
pin

turnbuckle

1500

hydraulic jack

Units: mm

Figure 10: Test setup

Figure 7: Photographs of hikidokko–shachisen joint

3 EXPERIMENTAL RESULTS
3.1 FAILURE MODE

column

beam

The ultimate deformation states of Specimens 1 and 3
are shown in Figures 11 and 12, respectively.

Hikidokko
Shachisen
beam
column
Figure 8: Hikidokko–shachisen joint
Figure 11: Ultimate deformation state of Specimen 1

Figure 9: Stiffening bars in board walls

2.2 TEST SETUP
The test setup is shown in Figure 10. The specimens
were loaded with lateral cyclic shear forces generated by
a horizontal hydraulic jack. The incremental loading
cycles were controlled by the story drift angle R, which
is defined as the ratio of the horizontal displacement to

Figure 12: Ultimate deformation state of Specimen 3

In Specimen 1, the three board wall panels were
separately deformed parallel to the column. The
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embedment of wood caused by transverse compression
was observed in the beams (Figure 13), and the ends of
the board wall panels were broken by compressive stress
(Figure 14). In addition, the upper beam was pushed
upward by inclined board walls, and the beam–column
joint was broken (Figure 15). As a result, the embedment
of wood caused by transverse compression was observed
in the hikidokko joint after the test (Figure 16).
In contrast, in Specimens 2 and 3, the three board walls
were deformed together because of the strengthening bar,
and gaps were observed between the edges of the board
walls and the columns (Figure 17). As a result, the
compressive force was diagonally transferred between
the columns, causing the beam–column joint to fail by
the tenon being pulled out of the mortise and the
compression failure of side of the board wall (Figures 18
and 19). After the tests, a small clearance gap between
the stiffening bar and the board wall panel was observed,
as shown in Figure 20.

Figure 16: Embedment of wood by transverse compression in
hikidokko joint

Figure 17: Gap between edge of board wall panel and column

Figure 13: Embedment of wood by transverse compression in
beam

Figure 18: The beam–column joint to fail by the tenon being
pulled out of the mortise
Figure 14: End of board wall panel broken by compressive
stress

Figure 19: Compression failure of side of board wall panel
Figure 15: Upper beam pushed upward by inclined board wall
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Figure 20: Small clearance gap between stiffening bar and
board wall panel
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-30
-40
Drift angle (rad)

3.2 RELATIONSHIP BETWEEN LOAD AND
DRIFT ANGLE
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Specimen 3
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Drift angle (rad)
40
30
20

Load (kN)

The relationship between the load and drift angle is
shown in Figure 21. The initial slip until the drift angle
reached approximately 1/100 rad was found because
there was a clearance gap of 3 mm between the upper
beams and the board walls (see Figure 31 for details). In
Specimen 4, the beam–column joints were damaged
from the beginning of the experiment because initially,
only the frame was tested; as a result, the beam–column
joints failed at a drift angle of approximately 1/15 rad.
The positive envelope curves of the relationship between
the load and drift angle taken from the raw data and that
obtained by subtracting the results for the frame with no
wall from the results of each specimen are shown in
Figures 22 and 23, respectively. Figure 24 shows the
ratio of the strengths of Specimens 2, 3, and 4 to the
strength of Specimen 1. The strengths of Specimens 2
and 3, which contained strengthening bars, were higher
than that of Specimen 1, indicating that the bars
reinforced the specimens. The ratio of the strengths of
Specimens 2 and 3 to that of Specimen 1 decreased
gradually as the drift angle increased because of the
destruction of the beam–column joints. When additional
reinforcement is required, the beam–column joints must
be reinforced.
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Specimen 4-1
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Figure 21: Relationship between load and drift angle

WCTE 2016 e-book | 4601

60
50

Specimen 1

Specimen 2

Specimen 3

Specimen 4-2

and 3 deformed together in a small deformation area, as
indicated by the approximate linearity in very similar
result as shown in Specimen 4. However, at a drift angle
of 1/30 rad, the board wall panels of Specimens 2 and 3
experienced slip deformation, which caused the
strengthening effect of the stiffening bars to gradually
decrease.

Specimen 4-1

Load (kN)

40
30
20
10
0

0

0.02

0.04 0.06 0.08
Drift angle (rad)

0.1

0.12

Figure 22: Positive envelope curve of relationship between
load and drift angle
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③

④

⑤
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35
30
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Figure 25: Setup of displacement gauge in board wall
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Figure 23: Positive envelope curve of relationship between
load and drift angle obtained by subtracting the results for
frame with no wall

Figure 26: Photo of displacement gauges in board wall
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Figure 24: Ratios of strengths of Specimens 2, 3, and 4 to that
of Specimen 1 plotted against drift angle

20
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3.3 DEFORMATION BEHAVIOR OF BOARD
WALL
The time variation in the distance between the board
wall and the upper beam was measured by a
displacement gauge, as shown in Figures 25 and 26 and
the measurement results are shown in Figure 27. In
Specimen 1, the slip deformation of the board wall
panels was very large from the beginning of the
experiment, and all of the rotational deformations of the
board wall were found to be almost equal (see Figure 28).
In contrast, the three board wall panels in Specimens 2

Distance (mm)

0
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Specimen 2
1

2 3
4 5
6
Position of displacement gauge
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In contrast, in Specimens 2 and 3, the compressive force
was diagonally transferred between the columns by the
integrated board wall panels. As a result, in each of these
specimens, one beam–column joint was pushed up by
the inclined board walls, and the other beam–column
joint was failed by the tenon being pulled out of the
mortise.
In both cases, it is very important to consider the
strength of the beam–column joints around the board
wall panels when designing the characteristics of the
restoring force of the board wall panels.

30
20

beam

10

beam-column joint
(hikidokko)

Distance (mm)

0
-10

column

-20
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1/200 rad

-40

1/100 rad
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-70

board wall

Specimen 4-2
1

2 3
4 5
6
Position of displacement gauge

Figure 27: Time variation in distance between board wall and
upper beam (circled numbers show the position of
displacement gage as shown in Figure 25)

Specimen 1
beam
beam-column joint
(hikidokko)
column
board wall
stiffening bar

Specimens 2 and 3
Figure 29: Resistance mechanism

Figure 28: Rotational deformations of the board wall

4 MECHANICAL THEORY
4.1 RESISTANCE MECHANISM
The resistance mechanism is shown in Figure 29. In
Specimen 1, because the three board wall panels
deformed separately parallel to the column, each board
wall panel pushed upward against the beam, and the
embedment of wood caused by transverse compression
occurred in three locations along the beam. In addition,
the upper beam was pushed up by the inclined board
wall panels and was supported at both ends of the upper
beam. Thus, the vertical deformation of the beam
resulting from the embedment of wood in the beamcolumn hikidokko joint caused by transverse
compression should be considered when estimating the
characteristics of the restoring force.

4.2 ESTIMATION OF STRENGTH OF
SPECIMEN 1
The mechanical model used in the calculation is shown
in Figure 30. The force caused by the transverse
compression of the inclined board wall panels is
calculated using the theory by Inayama[1][2]. Tables 2 and
3 give the calculation parameters. The length Xp of the
wood embedded in the beam is 1/3 the length of the
width of the board wall panel.
The board wall panels did not initially come into contact
with the upper beam because of the clearance gap
between the panels and the upper beam. Thus, the
vertical deformation Δy1 at the top of the board wall
panels caused by the rotation of the panels and the
vertical deformation Δy2 of the upper beam caused by
the rotation of the columns were considered, as shown in
Figure 31, and the drift angle at the initial contact
between the board wall panel and the upper beam is
defined as the angle at which the sum of Δy1 and Δy2
reaches the width of the initial clearance gap.
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The vertical deformation Δy3 of the beam resulting from
the embedment of wood in the beam-column hikidokko
joint caused by transverse compression was also
considered, as shown in Figure 32. The length Xp of the
wood embedded in the upper beam decreased with
increasing Δy3 (see in Figure 32).
The length Xpʹ′ of the embedded wood considering Δy3
can be geometrically calculated as
𝑋𝑋!! = 𝑋𝑋! −

!!! !!!!
!!

,

N + N2 + N3
,
(2)
V= 1
2
where N1, N2, and N3 are the compression forces caused
by the inclined board wall panels (Figure 30).
The force of the embedment of wood caused by
transverse compression can be calculated from the
following formulas based on the theory by Inayama[1][2]:

1− exp(−Aδ )
Cx = 1+
Aλ
1− exp(−Anδ )
Cy = 1+
Anλ
z0 Fm
δy =
E90 Cx CyCxmCym

N1

V

N2

N3

(1)

where R is the drift angle. In reality, the support
conditions of the upper and lower beams are different;
however, the two beams are assumed to be symmetric in
Equation (1).
The support reaction V at the hikidokko joint can be
calculated as

x yCCE
P = p p x y 90 δ
z0

V

Figure 30: Mechanical model
Table 2: Calculation parameters of Japanese zelkova
Parameter
Young’s modulus of
transverse compression
Standard strength of
embedment of wood
Length of embedded wood
Parameter of Inayama’s theory
Parameter of Inayama’s theory

Variable

Value

Units

E90

767

N/mm2

Fcv
Xp
n
A

21.3
94.3
4
4

N/mm2
mm
-

Table 3: Calculation parameters of oak

(3)
Parameter

(4)
(5)
(6)

1
(7)
Aλ
1
Cym = 1+
, (8)
Anλ
where xp, yp, and z0 are the dimensions of the embedded
wood (Figure 33); P is the force of the embedment of
wood; δ is the deformation caused by the embedment of
wood; λ = xp/(2z0); E90 is the Young’s modulus of
transverse compression; n is the substitution coefficient
of orthogonal direction for fiber direction; δy is the yield
displacement; Fm = 0.8Fcv; and Fcv is the standard yield
stress of the embedment of wood defined by the
Architectural Institute of Japan (AIJ).
The material constant was determined from partial
compression material experiments (Figure 34). The
specimens of material experiments were made of
Japanese zelkova and Japanese oak, which were obtained
from upper and lower beams and stiffening bars after the
tests of board walls, respectively. The relationship
between the force of the embedment of wood and the
deformation caused by the embedment of wood in the
hikidokko joint in reference to Equation (3) is shown in
Figure 35.

Variable

Young’s modulus of
transverse compression
Standard strength of
embedment of wood
Length of embedded wood
Parameter of Inayama’s theory
Parameter of Inayama’s theory

Value
case1

E90

966

N/mm2

Fcv
Xp
n
A

37.5
40
4
3

N/mm2
mm
-

Cxm = 1+

upper beam

Δy1

Δy2
initial clearance gap

R
boa rd

Units

wall

board wall

Figure 31: Vertical deformation caused by rotation
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200

embedment of wood caused
by transverse compression in the hikidokko joint
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the upper beam was displaced
upward because the hikidokko
joint was deformed
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Xp is the length of embedment of wood,
i.e. the contact length between board wall and upper beam

Figure 32: Deformation of embedment of wood caused by
transverse compression in hikidokko joint
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Figure 33: Dimensions of embedded wood
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Figure 35: Relationship between the force of the embedment of
wood and the deformation caused by the embedment of wood in
the hikidokko joint in reference to Equation (3)

The experimental and analytical results, which are the
relationship between the load and drift angle of the board
wall test of Specimen 1 (it is the same as the results as
shown in Figure 23), are compared in Figure 36. In the
results for Case 1, the calculated initial stiffness showed
good agreement with the experimental value; however,
the calculated and experimental yield strength and
stiffness values differed by a large amount after yielding.
Therefore, the relationship between the load and the
deformation caused by the embedment of wood in the
hikidokko joint was improved by increasing the yield
stress and stiffness after yielding, as shown by the results
for Case 2 in Figure 35. The calculation results for Case
2 showed good agreement with the experimental results
(Figure 36). In future work, the characteristics of the
beam–column joint will be assessed more accurately.
30
Experiment

25

Analysis: Case 1

Load (kN)

20

Japanese zelkova (beam)

Analysis: Case 2

15
10
5
0

0

0.02

0.04
0.06
Drift angle (rad)

0.08

0.1

Figure 36: Comparison of experimental and analytical results,
which are the relationship between the load and drift angle of
the board wall test of Specimen 1 (it is the same as the results
as shown in Figure 21)

5 CONCLUSIONS
Oak (hikidokko joint)
Figure 34: Partial compression material experiments

In the present study, in-plane shear tests of frames with
board walls were conducted, and a seismic strengthening
scheme that incorporates a stiffening bar in the board
walls was suggested. The stiffening bar was proved to
reinforce the wall. However, the beam–column joint in
the tested frames broke under a large deformation. When
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a structure requires additional reinforcement, the beam–
column joints should be reinforced.
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LATERAL TESTING OF GLUED LAMINATED TIMBER TUDOR ARCH
Douglas R. Rammer1, Philip Line2

ABSTRACT: Glued laminated timber Tudor arches have been in wide use in the United States since the 1930s, but
detailed knowledge related to seismic design in modern U.S. building codes is lacking. FEMA P-695 (P-695) is a
methodology to determine seismic performance factors for a seismic force resisting system. A limited P-695 study for
glued laminated timber arch structures highlighted the lack of lateral load testing; therefore, critical modelling information
was not available and assumptions based on available research were used. In this study, full-scale lateral load testing of
the glued laminated timber arch is used to fill in gaps in test-based information and assess the following characteristics:
damping, deformation behaviour, and failure modes.
KEYWORDS: Glued Laminated Timber, Arches, Seismic Design, Experiential, Failure

1 INTRODUCTION 1 23
Glued laminated timber arch structures are used with
regularity in churches and other public buildings and
assembly areas; however, ASCE/SEI 7-05 Minimum
Design Loads for Buildings and Other Structures [1] does
not provide guidance regarding the seismic design of
these systems. Interim recommendations for seismic
design of these systems provide seismic design
coefficients for two classes of three-hinge arch systems: a
special glued laminated arch and a glued laminated arch
not specifically detailed for seismic resistance with use
limited to seismic design category C and lower [2]. For
special glued laminated arch systems, required detailing
provides additional strength in wood strength limit states
and enables limited inelastic behaviour in connections
through either wood bearing or fastener yielding.
A limited FEMA P-695 study of the glued laminated arch
system was previously conducted and concluded with
questions related to damping behaviour and strength limit
states [3]. To address these questions, lateral load testing
of a glued laminated arch was conducted. This paper
presents frequency, damping, load-deflection behaviour,
and failure limit states of three tested arches.

2 BACKGROUND
2.1 Arch Research
Research related to the performance of glued laminated
arches started in the mid-1930s in the United States.

1
Douglas Rammer, USDA Forest Service, Forest Products
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2.1.1 Vertical Loading Arches
In the 1930s, a considerable amount of research focused
on development of glued laminated wooden members.
One aspect was the development of arches from thin,
individual laminations of wood that could be bent into
flowing shapes. The highlight of the work was the
construction and testing of a glued laminated arch
building on the Forest Products Laboratory (FPL) campus
[4]. The central arch line was loaded 30% above design
criteria with sandbags for more than a year, and vertical
deformations were recorded. In addition, two arches were
tested with thrust loading (Figure 1) and exhibited
bending type failures in region between the arm and knee.
In 2010, the glued laminated arch building was removed
from service. The removed arches were loaded with a
vertical loading that was representative of the sandbag
loading to determine integrity of the arches after 75 years
of service loading [5]. All arches except one showed no
loss of structural performance to a loading that was 30%
over the original design. One arch was deteriorated at the
base. The presence of decay and delamination was
attributed to the location of a steam vent in the building
[6]. The only additional problem with the arches was the
condition of peak connections. Due to insufficient end
spacing, the wood at connection interfaces developed
wood shear plug failures. These local failures had little
influence on global behaviour because the connection
behaviour is mainly developed by wood bearing.
Performance of glued laminated arches subjected to
lateral loading has not previously been a focus of U.S.
research.
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programs are informative, the information generated was
not used in the Charney and others [3] study because of
the unique connections and low arch slopes.

Figure 1: Arch in testing frame
2.1.2 Laterally Loaded Arches
Yasumura and Suziki [7] evaluated four glued laminated
arch frames loaded with both a constant vertical load and
a reverse cyclic lateral load. Three of the glued laminated
arch frames contained an additional connection between
the arch knee and arch peak. Only one of the framed arch
specimens was a continuous wood member from base to
peak and without additional mechanical joints between
the arch knee and peak. Figure 2 shows the arch geometry
used by Yasumura and Suziki [7] with no connections
between the knee and peak along with positions of loads.
A constant vertical load of 22.5 kN was applied while the
increasing cyclic loading was applied until failure.

2.1.3 Seismic Analysis of Tudor Arches
Although limited in scope, the study by Charney and
others [3] implemented the FEMA P-695 methodology to
evaluate the seismic response modification factor, R, for
three-hinged glued laminated timber arches. FEMA P695 [9] methodology was developed to give a rational
approach for assignment of seismic design coefficients for
the equivalent lateral force design procedure. The
methodology is an iterative process that consists of
nonlinear static and dynamic analyses on a number of
prototypical building archetypes designed using the
equivalent lateral force approach. The procedure also
takes into account uncertainties inherent in test data and
modelling methods. Charney and others [3] developed the
building archetypes and conducted the incremental
dynamic analysis using finite element procedures.
The study recommended steps that could both improve
and validate the nonlinear time history analysis.
Recommendations from the study were as follows:
1) Laboratory testing and improved nonlinear modelling
of the base connection is recommended. Information
obtained from such studies would allow for more
realistic modelling of the stiffness and strength of
base connections and could allow a revaluation for
the P-695 uncertainty parameter that is associated
with quality of test data.
2) A realistic expression for period of vibration of
glulam arch structures is needed. Development of
such an expression could be obtained by analytical
means alone but, if possible, should be correlated
with test results of full-scale specimens.

Figure 2: Arch Specimen and Test Apparatus by
Yasamura and Suziki
Yasumura and Suziki noted that three arch frames,
including the frame shown in Figure 2, failed in the curved
part of the arch at low values of radial stress. An
equivalent viscous damping value was obtained from the
ratio of the absorbed energy to external work for each
hysteric loop. For the arch containing no additional
connection, the equivalent viscous damping was 1% to
2%, whereas the frames with connections had equivalent
viscous damping of 2% to 3%. The development of radial
failure increased viscous damping.
Building on Yasumara’s work, Isoda [8] conducted a
similar experimental study on several glued laminated
timber arches with a newer approach to connection design
and no vertical loading. The observed arch failures
emanated from the connection or occurred in the curved
portion of the arch due to radial stress. He concluded that
for this type of arch the equivalent viscous damping ratio
was 6%. Although the findings of these two research

3) Dynamic full-scale tests on a three-hinge glued
laminated arch system are recommended as a method
of validating a damping assumption other than 2.5%
critical assumed. Full-scale arch testing may also
allow verification of structural models including
connection models, particularly where nonlinear
behaviour is considered.
2.2 Damping in Wood Structures
Damping dissipates stored energy and has the effect of
reducing or restricting oscillations. Damping in structures
is attributed to the materials of construction and
connections within the structural system. Several studies
have investigated the damping ratio for wood structures
[7, 8, 10, 11, 12, 13]. For light wood-frame systems, the
value range of equivalent viscous damping is 5% to 20%.
For timber frame systems, such as wooden arches, values
of equivalent viscous damping range from approximately
2% to 10%, depending on the types of connections and
arch design.
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3 EXPERIMENT PROCEDURES
3.1 SPECIMEN ARCH
The arched frames spanned 9.1 m from outside face to
outside face. The distance between arch frames for the
prototypical archetype building was 3.66 m. A roof
gravity load of 718 N/m2 and a wall gravity load of
526 N/m2 were assumed between the arches.
To be consistent with design and construction practices in
seismically active regions of the United States, technical
representatives of the American Institute of Timber
Construction were contacted to review the arch design and
connection designs. Figure 3 and Table 1 describe the
general details of the arch building as configured based on
their input.
Glued laminated timber used in arch construction was
Southern Pine, Combination 50 (1:10 slop of grain)
produced in accordance with AITC A190.1 [14]. Uniform
laminations were specified to facilitate use of smaller arch
member size for the applied loads.
The base connection consists of a metal shoe and a 16mm-diameter through bolt. The 16-mm-thick back plate
was welded to the 13-mm side plates to provide bearing
for outward thrust, and the bolt size and location are
designed to transfer inward acting shear forces. The peak
connection was a single 102-mm shear plate and 19-mmdiameter bolt designed to transfer shear forces (Figure 4).
The arch member, bolted connection, and shear plate
connection were designed in accordance with the
National Design Specification (NDS®) for Wood
Construction.

Figure 4: Arch base and peak connection design

Table 1 Glued Laminated Arch Design Values

Reference design value description
Bending
Modulus of elasticity
Shear design for loads causing bending
about the x-x axis
Parallel to grain compression
Parallel to grain tension
Compression perpendicular to grain
Radial compression
Radial tension

Design
Values
(MPa)
14.5
13,100
1.5
13.8
9.3
5.1
5.1
0.5

3.2 MONOTONIC LOADING

Figure 3: Arch configuration

Repeated cycles of vertical and lateral loads were applied
to the arch frame. In all cases, the full vertical load was
applied first and maintained constant while the lateral
loading was varied. Lateral loading was applied in
various steps as a percentage of the reference lateral load.
Lateral loading steps were 10%, 25%, 50%, 100%, and
150% of reference load level. This was followed by a
monotonic load to failure. The rate of loading was
constant. Figure 5 shows the entire loading protocol as a
function of time. After the 50%, 100%, and 150% steps,
the lateral and vertical actuators were detached from the
arches to evaluate damping.
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The upper slope of the glued laminated arch made it
difficult to secure a uniformly distributed load to the upper
arch structure. Instead, the vertical gravity design load
was applied using two actuators attached to the strong
floor that were free to rotate and displace to maintain a
constant gravity load of 12.0 kN on each arch. The
concentrated vertical load was placed to maintain similar
base connection reactions in the distributed and
concentrated loading cases. Vertical actuators were
attached to the upper surface of the arch and to the floor
at a distance of 1346 mm from the outside face of each
arch.
For application of lateral load, two MTS 406+mm
actuators pushed and pulled the arch at a height of 3850mm above the base of the arch. Because the deformation
of the west and east knee are not the same, both actuators
were loaded under force control until final loading to
failure. For Arch 1, final loading to failure used
displacement control as a safety precaution. For Arch 2
and 3 tests, final loading to failure used actuators in force
control.

3.3 DAMPING TESTS
Prior to any applied load and after the 50%, 100%, and
150% of the reference lateral loads were applied, a series
of nondestructive damping tests were conducted. A small
rotatory motor with an eccentric mass was located
approximately 3500 mm from the floor on the east arch.
The frequency of the motor was adjusted from
approximately 2.8 to 4.2 Hz, and lateral displacements of
both the east and west knees were recorded.
3.4 MEASUREMENTS
Deformations were recorded using traditional string
potentiometers or LVDTs and with calibrated cameras
tracking targets on the arch for the quasi-static loading
(Figure 7). Measurements were recorded at 1 sample per
second until the ramp load to failure, where the sample
rate was increased to 10 samples per second.
For damping tests, lateral displacements of both the east
and west knees were sampled at rate of 200 samples per
second.

To maintain the arch in a vertical plane during loading, a
steel frame was constructed (Figure 6). Teflon pads were
placed between the steel frame and the arch to allow for
free movement while maintaining the arch in the vertical
plane.

Figure 7: Measurement and concentrated load locations

Figure 5: Monotonic loading protocol

Figure 6: Arch frame within the steel support frame

4 EXPERIMENTAL RESULTS
4.1 DAMPING TESTS
Damping tests were conducted at four levels for each of
the arches tested.
Because the time the motor was
maintained at each frequency was inconsistent, the data
were analysed by calculating the frequency and amplitude
for successive 1200-point windows for all points.
Normalized displacement amplitude was plotted as a
function of frequency (Figure 8). To determine the
equivalent viscous damping ratio, a half-power method
was used. In this approach, first the peak normalized
amplitude response is located. Next a horizontal line is
drawn across the response curve at a level equal 1⁄√2
times the peak response. The frequency difference
between where the horizontal line intersects the response
curve divided by the natural frequency is twice the
equivalent viscous damping ratio (i.e., the frequency
difference divided by the natural frequency).
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Table 2 lists peak frequency and calculated damping
ratios for the tested arches. For the second arch, damping
tests after 50% loading were not conducted. For the first
arch, the peak frequency averaged 3.56 Hz until loaded to
150% of the reference load, while the equivalent viscous
damping ratio was between 2.65% and 3.44%.
For the second arch, peak frequency was consistent and
averaged 3.78 Hz, while the damping ratio was changed
with increasing loading cycles. For the first loading, the
equivalent viscous damping ratio was 3.17%, but after the
loading at 50% of reference load the remaining damping
measurements were above 5%.
For the final arch, peak frequency and equivalent viscous
damping ratio were consistent and averaged 3.49 Hz and
2.16%, respectively.

that the radial failure occurred first. For the final loading
to failure of Arch 1, the lateral load actuators were driven
in displacement control due to safety concerns. The
actuator control profile was generated using
displacements recorded in the loading to 150% design
level. For actuator displacements beyond the 150% design
load level, the displacement rate of each actuator was set
based on the previous 30 s of loading. Unfortunately this
loading approach led to the west actuator applying a load
10% greater than the east actuator at the time of failure.
The implications of this will be discussed later in the
paper. At failure, the total applied load to the arch was
77.0kN, 40.7kN for the west actuator and 36.4kN for the
east actuator. Load versus horizontal displacement of the
west knee was linear to failure, whereas the load versus
east knee displacement was nearly linear until the last inch
of applied deformation.

Figure 8: Analysis of natural frequency and damping

Figure 9: Radial tension failure for first tested arch

Table 2 Frequency and Damping Results for Arches

4.2.2 Arch 2
Arch 2 failed in the west arch due to flexural bending in
the region between the peak connection and knee (Figure
10). Based on experience from testing Arch 1, Arch 2 was
loaded in force control to maintain the lateral force
requirements to failure. The total laterally applied force
was 82.8kN, 41.4kN for the west actuator and 41.4kN for
the east actuator. The plot of each actuator load versus
horizontal displacement of the corresponding knee was
nearly linear until to failure. Only slight nonlinear
deformation was observed near failure. During the 150%
of design loading, the haunch section of the east arch
began delaminating. To arrest the delamination in the
final test to failure, 102-mm self-tapping screws were
inserted from the top side of the arch.

Reference
Load
Specimen
Level
(%)
Arch 1
0
0
50
100
150
Arch 2
0
0
100
150
Arch 3
0
50
100

Peak
Response
Frequency
(Hz)
3.60
3.59
3.54
3.51
3.82
3.81
3.79
3.79
3.76
3.55
3.45
3.46

Damping
Ratio
(%)
3.30
3.44
2.65
3.07
3.24
3.17
2.34
5.03
5.25
2.09
2.25
2.14

4.2 MONOTONIC LOADINGS
4.2.1 Arch 1
Arch 1 failed in the curve portion due to radial stress and
a split emanating from the peak connection in the west
arch (Figure 9). A detailed review of the video showed

4.2.3 Arch 3
Arch 3 failed below the 150% reference load level in the
west arch at a finger joint located approximately 3.85 m
above the base and within the radius of the knee (Figure
11). Figure 11 also shows that the failure crack
progressed along the arm toward the arch peak. Arch 3
was loaded in force control to maintain the lateral force
requirements to failure. The total laterally applied force
was 60.9kN, 30.5 kN for the west actuator and 30.4kN for
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the east actuator. The plot of each actuator load versus
the horizontal displacement of the corresponding knee
was nearly linear until to failure. During the 100% of
reference loading, the east haunch section began
delaminating and 102-mm self-tapping screws were
inserted from the top side of the arch to arrest the crack
formation.

and bolt deformation indicate the fastener is assisting to
limit the rotation of the arch leg. The resulting bolt
deformation and pattern of wood crushing indicates
nonlinear behaviour consistent with NDS Yield Mode IIIs
design condition.

Figure 10: Bending failure of west arch during second test

Figure 11: Failure of west arch at finger joint during third test

4.3 Connection Observations
4.3.1 Base Connections
Although the global behaviour of the arch frame seems
linear to failure, significant nonlinear behaviour was
observed in the base connections. Figure 10 shows the
surface wood crushing and the deformed bolts after failure
loading for the west base. This base resists the inward
shear and uplift forces from lateral loading. The resulting
bolt deformation and wood crushing are consistent with
NDS Yield Mode IIIs design condition. Furthermore, the
permanent deformation and level of wood crushing
indicates the connection experienced inelastic behaviour.
Figure 13 shows the surface wood crushing and the
deformed bolts after failure loading for the east base.
While perpendicular to grain bearing on the shoe is the
design limit state condition, the resulting wood crushing

Figure 12: West base connection deformations.

4.3.2 Peak Connection
Figure 14 shows the peak connections after the arches
were loaded to failure. The left image of the shear plate
connection from west side Arch 1 shows splitting wood
emanating from the upper half of the shear plate. These
splits were present for 260 mm down the arm. The right
image of the shear plate connection for the west side of
Arch 2 shows no wood failure. In contrast, the top bolt
for Arch 1 shows no permanent deformation, whereas
the top bolt from Arch 2 shows permanent deformation.
Although not visible in the images, the wood surfaces
below the shear plate had evidence of surface contact
and crushing.
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4.4 Load Factors
Total lateral load at failure, total lateral load for design
stress ratio equal to 1.0, and the resulting load factors are
summarized in Table 3. For all arches, the controlling
design limit state producing design stress ratio equal to 1.0
was due to bending in the west arch arm. For purposes of
calculating the design stress ratio, lateral loading was
assumed to be equally distributed between west arch and
east arch and acting in combination with gravity load.
Although Arch 3 had the smallest value of lateral load for
stress ratio equal to 1, it exceeded the factor used (i.e.,
approximate 1.82 factor) in the analytical study by
Charney and Others [3] and for all three tested arches, the
average load factor, or the ratio of load at failure to the
lateral load for stress ratio equal to 1.0 for all tests, is equal
to 2.35.
Table 3 Load Factor for Arches

Specimen
Arch 1
Arch 2
Arch 3

Total lateral
load at
failure
(peak load)
(kN)
77.0
82.2
60.9

Total lateral
load for 1.0
design stress
ratio
(kN)
31.1
31.1
31.1

Load
factor
2.5
2.6
2.0

4.5 Horizontal Displacement at Peak Load

Figure 13: East base connection deformations

As noted previously, horizontal displacements at arch
knees were nearly linear to failure.
Horizontal
displacement of the west knee and east knee for each arch
is summarized in Table 4.
Table 4 Horizontal Displacement at Peak Load for Arches

Specimen
Arch 1
Arch 2
Arch 3

West knee
(mm)
206
216
176

East knee
(mm)
186
203
175

5 ANALYTICAL MODELLING
The radial tension failure in Arch 1 led to analytical
modelling of the arch frame to investigate radial stresses
within the knee region and implications of the west
actuator load being 10% higher than the east actuator at
failure.

Figure 14: Peak connection post failure

A 2D finite element model was developed with ADINA
[16] using nine node quadrilateral elements with linear
elastic orthotropic material properties for the glued
laminated arches. Contact elements were incorporated
into the model to capture the uplift and nonuniform
contact of the arch bases in the shoes and the surface
bearing contact occurring at the peak connection. The
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translation was fixed at the base bolt location. Figure 15
shows a representative mesh of the arch model. Loads
were applied uniformly over the contact area. Vertical
loads were applied and maintained in the vertical
direction, whereas the experimental gravity load changes
direction as the lateral loads were applied. Because angle
changes in the experiments were small, it is assumed the
effect was negligible.

Figure 17: Radial stress distribution in the west arch for
unequal actuator loading

Figure 15: ADINA analysis model

The arch FE model was validated by comparing the
analytical and experimental deformation at the design
load (Figure 11). Good agreement was observed once the
contact elements were included in the preliminary models.
Applying measured loads at failure for the unequal
actuator distribution on Arch 1 resulted in the radial stress
profile shown in Figure 17 for the west knee. Figure 18
shows the radial stress distributions for the case where
total load at failure is equally distributed to each arch.

Comparison of the stress profiles shows a similar stress
distribution, but the unequal actuator distribution had
slightly higher radial stress. Although there is a
difference, the difference is small. The maximum radial
stress for the unequal actuator loading is 1.076 MPa,
whereas the maximum radial stress for the equal actuator
loading is 1.034 MPa, a difference of less than 5%.
Therefore it is concluded that the effect of unequal loading
was insignificant.
Arch 2 failed in bending at 1500 mm from the outside face
of the arch. Figure 16 shows the longitudinal stress
distribution for the arch between the knee and peak at
failure from the FE analysis. A maximum tensile stress
of 39.7 MPa is shown by the triangle in the distribution.
Both the predicted and actual failure locations are similar.
A ratio of tensile stress at failure, as determined by FE
analysis, to allowable design tension stress is 1.71.
Similarly, the maximum radial tensile stress in the knee as
determined by FE analysis was 1.103 MPa, above the
Arch 1 values. The ratio of radial tension stress at failure
to design radial tension stress was approximately 2.2.

Figure 16: Comparison of model and experimental knee and
peak deformation for 150% design loading
Figure 18: Radial stress distribution in the west arch for
evenly distributed actuator loading
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Figure 19: Longitudinal stress distribution in the west arch
arm for Arch 2 at failure.

6 CONCLUSIONS
Three glued laminated timber arch frames were tested to
better understand damping, load-deformation behaviour,
and failure limit states of this system. Arch 1 peak
frequency averaged 3.56 Hz until loaded to 150% of the
reference load, while the damping ratio was between
2.65% and 3.44%. A radial tension failure in the west
arch was the observed failure mode.
Arch 2 peak frequency was consistent and averaged
3.78 Hz, while the equivalent viscous damping ratio was
changed with increasing loading cycle. For the first
loading, the critical damping was 3.17%, but after the
loading of 50% of reference, the remaining equivalent
viscous damping ratio measurements were above 5%. A
flexural failure of the west arch between the knee and
peak was the observed failure mode.
Arch 3 peak frequency averaged 3.49 Hz for loading up
to 100% of the reference load, while the equivalent
viscous damping ratio was nearly constant at 2.16%.
Failure occurred at a finger joint locate in the knee section
of the arch. It is noted, that all three failures were located
in the west arch with was experiencing uplift forces.
The global arch load-deformation response was
essentially linear-elastic to failure; however, significant
nonlinear behaviour was observed in the base
connections. The bolts were permanently deformed and
the wood was crushed throughout the cross section.
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SEISMIC BASE SHEAR MODIFICATION FACTORS FOR TIMBERSTEEL HYBRID STRUCTURE: STEEL MOMENT RESISTING FRAMES
WITH CLT INFILL WALLS
Matiyas Ayalew Bezabeh1, Solomon Tesfamariam2, Marjan Popovski3
ABSTRACT: In this paper, over-strength and ductility-related force modification factors are developed and validated
using a collapse risk assessment approach for a timber-steel hybrid structure. The hybrid structure incorporates Cross
Laminated Timber (CLT) infill walls within steel moment resisting frames. Following the FEMA P695 procedure,
initially, archetype buildings of 3-, 6-, and 9-storey height with middle bay infilled with CLT were developed.
Subsequently, a nonlinear static pushover analysis is performed to quantify the actual over-strength factors of the hybrid
archetype buildings. To check the FEMA P695 acceptable collapse probabilities and Adjusted Collapse Margin Ratios
(ACMRs), Incremental Dynamic Analysis is carried out using 60 ground motion records that are selected to regional
seismic hazard characteristics in southwestern British Columbia, Canada. Considering the total system uncertainty,
comparison of the calculated ACMRs with the FEMA P695 requirement indicates the acceptability of the proposed overstrength and ductility factors.
KEYWORDS: Wood-hybrid system; CLT infill walls; Force modification factors; Incremental dynamic analysis;
Adjusted collapse margin ratio

1

INTRODUCTION 123

Recently, at the University of British Columbia (UBC)
and FPInnovations (FPI), a new novel timber-hybrid
structure has been developed [1, 2]. The hybrid structure
contains CLT infill walls in steel moment resisting frames
(SMRFs) as shown in Figure 1. This paper summarises
the collaborative research work between UBC and FPI on
evaluation of the force modification factors for this
system. The project was funded through British
Columbia’s Forestry Innovation Investment Program.
This hybrid system in Figure 1 is achieved by L-shaped
steel connection brackets and aimed at combining lightweight and stiff CLT panels with ductile and strong
SMRFs. Earlier studies on this hybrid structure
considered CLT infill walls as non-structural elements
[2]. However, recently Tesfamariam et al. [3] showed the
significance of CLT infill walls on seismic capacity of
steel moment frame structures, and suggested the
implication of considering the panels as a structural
element. In Canada, for seismic design of structures, the
National Building Code of Canada (NBCC) allows the use
of an Equivalent Static Force Procedure (ESFP) design
method with appropriate overstrength and ductility factors
in some cases. However, appropriate overstrength and
ductility factors are not yet available in the NBCC 2010
[4] to design the hybrid structure of Figure 1.
1

Matiyas Ayalew Bezabeh, PhD student, University of British
Columbia, Email: matiyas.bezabeh@ubc.ca
2
Solomon Tesfamariam, Associate Professor University of
British Columbia, Email: solomon.tesfamariam@ubc.ca

Figure 1: CLT infilled SMRFs hybrid building [8]
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For the hybrid structure of Figure 1, Dickof et al. [5]
developed preliminary values of overstrength and
ductility factors using static pushover analysis. However,
their approach didn’t investigate the collapse risk of the
hybrid structure. An alternative performance-based
design approach was developed by Bezabeh et al. [6] for
this hybrid structure. Despite the robustness of their
design method, the necessity of dynamic analysis during
the design process makes it impractical. Therefore, in this
paper, for the same steel-timber hybrid structure, a
probabilistic collapse risk assessment is carried out to
develop seismic base shear modification factors according
the FEMA P695 [7] methodology.

2

ARCHETYPE DEVELOPMENT AND
DESIGN

The archetype buildings were selected based on the
FEMA P695 guideline. Regular in the plan, index
archetype buildings were selected based on information
from previous researches on these hybrid structures [6].
The selection is aimed at assessing different building
heights and fundamental periods that represent the typical
application of these hybrid buildings. Therefore, 3-, 6-,
and 9-storey middle bay infilled two-dimensional hybrid
structures were considered representing low-, mid-, and
high-rise hybrid buildings, respectively. The bay widths
considered were: 9 m for the exterior bay, and 6 m for the
interior bay. The first storey height is 4.5 m and the height
of all other storeys above is 3.65 m. A bracket spacing of
800 mm and three layers of CLT panel (99 mm thickness)
was considered. Panel crushing strength was equal to 11.5
MPa.
Each building was designed using the Equivalent Static
Procedure (ESP) of the NBCC 2010 [4] by considering a
live load of 4.8 kPa for typical office floors and a load of
2.4 kPa elsewhere. Dead loads were considered for floors
and roofs as 4.05 kPa and 3.4 kPa, respectively, according
to the NBCC 2010 [4]. The buildings studied were
assumed to be located in Vancouver, BC, Canada on class
C soil condition (dense soil and soft rock). The steel
members designed were assumed to have properties of
common hot-rolled steel, such as yield strength Fy of 350
MPa and modulus of elasticity Es of 200 GPa. As per the
FEMA P695 requirement, initially base shear
modification factors were assumed as Rd = 4 and Ro = 1.5
based on initial seismic performance and iterative design
checks. An equivalent static load calculation method from
the NBCC 2010 [4] was adopted to distribute the design
base shear along the height of the building. The design
details of the beam and column sections for the hybrid
buildings can be found in Tesfamariam et al. [8].
Finite element modeling was carried out using the Open
System for Earthquake Engineering Simulation
(OpenSees) finite element program [9]. The steel frame
members were modelled with nonlinear displacementbased beam-column elements and linear-elastic beamcolumn elements. The nonlinear beam-column elements
were used at the end of the member (to represent the
spreading plastic hinge zone) as displayed in Figure 2, and

linear beam-column elements were for the middle portion
of each member. The nonlinear parts of steel elements use
the modified-Ibarra-Krawinkler-Deterioration model [10]
with a bilinear material property. The backbone
parameters of this material property, with appropriate
plastic hinge length, were calculated based on the
moment-curvature relationships of ASCE 41-06 [11].
A CLT panel is a light-weight and strong pre-engineered
wood product. Typically, CLT is made by gluing and
pressing lumber boards in sandwich form (alternate
direction) to form a stable rectangular shaped panel. For
various connections and configurations, Popovski et al.
[12] performed extensive amount of testing on CLT walls
(Figure 2). Based on their experimental observations and
results, in this paper, CLT panels were simplified and
numerically modeled as 2D linear-elastic, homogenous,
and isotropic single 99 mm panel using shell-elements as
shown in Figure 2. As the behaviour of the panels in the
in-plane direction is of interest, the formulation of shellelements were simplified to FourNodeQuad-elements.
The ndMaterial-ElasticIsotropic of OpenSees was used as
a material model for these elements based on the values
given in Tesfamariam et al. [8]. As the deformation and
nonlinearity of CLT panels are localized on the
connections, the adopted modeling approaches are
deemed as reasonable and accurate [13, 14].
The connection between the steel frames and CLT walls
was achieved by L-shaped steel brackets; which are bolted
to the steel frames and nailed to the CLT panels. A Zerolength two-node link nonlinear spring element was used
to represent the behaviour of the bracket that connects
CLT with steel frame as shown in Figure 2. A Pinching4uniaxial material model was used to represent the axial
and shear behaviour of these elements. Shen et al. [13]
showed a more realistic characterization of the CLT to
frame connection with a Pinching4-uniaxial material
model. Therefore, by considering the experimental data of
Schneider et al. [15] as benchmark (Figure 3), calibration
of Pinching4-uniaxial material was carried out on
SIMPSON Strong-Tie connector (90x48x30x16) with 18
screws (5x90mm). The cyclic loading analyses were
conducted by using the CUREE loading protocol that
consists of primary and trailing cycles. Numerical
calibration was carried out in both axial and shear
directions. The results and experimental data are
compared in Figures 3 (a and b) for tests along axial
(parallel to the grain) and shear (longitudinal to the grain)
loading directions, respectively. Figure 3 shows better
agreement in the initial loading stiffness. However, the
failure displacement of the experiment was shown to be
larger than the numerical model prediction.
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Figure 2: Testing, modeling, and calibration process [8]

a)

b)
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Figure 3: Comparison of experimental and OpenSees

pinching4 material model for steel bracket connection; a)
perpendicular to the grain direction b) parallel to the
grain direction [6]

3

GROUND MOTIONS

In this study, the updated seismic hazard model by
Atkinson and Goda [16] was adopted to characterize
seismic hazard in Vancouver. The fundamental period of
the hybrid buildings was used for the record selection and
scaling. The record selection was conducted based on a
multiple-conditional-mean-spectra (CMS) method of
Goda and Atkinson [17]. Using the target CMS, a set of
ground motion records was selected by comparing
response spectra of candidate records with the target
spectra. The total number of selected records was 30 with
each record having two orthogonal horizontal
components. For example for the 3-storey hybrid
structure, 11, 10, and 9 records were selected for the
crustal, interface, and intraplate earthquakes. Figure 4
depicts the response spectra of the selected ground motion
records for 6-storey hybrid building. The details of ground
motion selection, response spectra, and seismic hazard
deaggregation for considered hybrid buildings are
reported in Tesfamariam et al. [8].

Figure 4: Response spectra of selected ground motion
records for 6 storey hybrid building

4 NONLINEAR ANALYSES
4.1 MONOTONIC PUSHOVER A`NALYSES
To quantify the actual over-strength factors of the
archetypes, monotonic pushover analyses using inverted
triangular shape were conducted. The failure was assumed
when either model instability occurred or when a sway
mode of collapse was developed through formation of
plastic hinges. An Equivalent Energy Elastic-Plastic
(EEEP) approximation was used to calculate the system
yielding point. Mitchel et al. [18] explicitly defined the
overstrength-related factor as an aggregated effects due to
size (Rsize), differences between nominal and factored
resistances (Rф), difference between the actual yield
strength and minimum specified yield strength (Ryield),
due to strain hardening (Rsh), and additional strength

before collapse mechanism (Rmech). In this study, due to
the complexity of computing the above overstrength
components for the hybrid structural elements and
connections, the aggregated overstrength factor (Ro) is
implicitly computed using Equation 1, as the ratio of
maximum shear strength of the EEEP approximation
curve (Vmax,EEEP) to the design base shear (Vdesign).

𝑅𝑜 =

𝑉𝑚𝑎𝑥,𝐸𝐸𝐸𝑃
𝑉𝑑𝑒𝑠𝑖𝑔𝑛

(1)

Calculated Ro factors for the 3-, 6-, and 9- storey
archetype hybrid buildings are 3.54, 2.81, and 2.46,
respectively. Considering practical design approaches,
however, the NBCC 2010 [4] sets an upper bound limit of
Ro at 1.7.
4.2 INCREMENTAL DYNAMIC ANALYSIS
To verify the acceptability of the presumed Rd factor,
FEMA P695 [7] recommends the use of IDA [19] to
calculate the median collapse capacity 𝑆̂CT and collapse
margin ratio (CMR).
SˆCT
(2)
S MT
where SMT is the spectral acceleration value from the 2%
in 50 years hazard spectrum at the theoretical fundamental
period of the archetype structure.
CMR 

In IDA, each ground motion is scaled up until sway mode
collapse is achieved. Typically, IDA curves are defined
using an intensity measure (IM) and corresponding
engineering demand parameter (EDP). In this paper, 5%
damped spectral acceleration at the fundamental period
ST(T1) and MISD are considered as IM and EDP,
respectively. The median collapse intensity (𝑆̂CT) is
evaluated using the IDA results. A conservative collapse
criteria was used to define the dynamic sway mode
collapse of buildings. Structural hardening was only
considered for MISD values less than 10% and the
spectral acceleration value corresponding to the dynamic
instability was considered as a collapse limit state point.
The IDA results are plotted in Figure 5. In Figures 5 (a, c,
e), each line represents the time history response of the
building under single ground motion record. The points
on each line show the MISD value corresponding to the
intensity level of the ground motion.
4.3 COLLAPSE FRAGILITY CURVES
To relate the scaled spectral acceleration values with the
probability of collapse, collapse fragility curves are
developed from the IDA analysis results. Collapse
fragility curves represent the collapse probability of the
hybrid buildings when subjected to scaled ground motion
records. These curves are cumulative distribution
functions (CDF) that were developed by fitting a
lognormal distribution through collapse data points.
Figures 5 (b, d, f) show the lognormal probability
distribution and collapse fragility curves for the 3-, 6-, and
9-strorey hybrid buildings, respectively.
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Figure 5: IDA results and collapse fragility curves a) IDA
results of 3-storey hybrid building; b) collapse fragility
and collapse probability curves for 3-storey building; c)
IDA results of 6-storey hybrid building; b) collapse
fragility and collapse probability curves for 6-storey
building; e) IDA results of 9-storey hybrid building; f)
collapse fragility and collapse probability curves for 9storey building [8]

the red line was developed by the actual obtained
lognormal standard deviation of collapse data points, and
the curve in blue is the “adjusted curve” developed with
the same median but a standard deviation of βTOT = 0.75.
Even though the median collapse acceleration value is
unchanged, as depicted in the figure, the additional
uncertainty increases the collapse probability of the 3storey hybrid building.

According to FEMA P695, the CMR from IDA,
calculated using Equation 2, should be modified to
adjusted collapse margin ratio (ACMR) to account
spectral shape effects and uncertainties. The spectral
shape effects and uncertainties can be accounted for by
evaluating the spectral shape factor and total collapse
uncertainty (βTOT), respectively. In this paper, however,
the effect of spectral shapes was taken into account by
selecting unique ground motion records for each
archetype building. Therefore, numerically AMCR and
CMR are equivalent. The average ACMR within each
performance group and ACMR of individual archetype
buildings will be compared to the FEMA’s predetermined acceptable ACMR values.
In FEMA P695 [7], the total collapse uncertainty (βTOT) is
defined as a function of other uncertainty sources, such as
record-to-record (βRTR), design requirement (βDR),
modeling (βMDL), and test data (βTD). Because of its
insignificant effect on the final ACMR value, FEMA
P695 fixes βRTR to 0.4 for structures with significant
period of elongation. Even though, the period based
ductility for the 9-storey hybrid building is 2.42; it is still
conservative to assume βRTR as 0.4.
Based on FEMA P695, the design requirement
uncertainty is selected as fair (βDR = 0.35). For this
selection the confidence in the bases of design
requirement was considered as medium. Moreover,
considering CLT as a new construction material and the
complexity in characterizing the structural behaviour of
wood, the completeness and robustness in the design
method for this hybrid building was tagged as medium.
Since the experimental tests on this hybrid structure are
limited to its component level, the uncertainty related to
test data was selected as fair (βTD = 0.35). In the near
future, the authors intend to perform full and reduced
scale shaking table experimental tests on the hybrid
structure. The uncertainty related to modeling was
selected as fair (βMDL = 0.35). Finally, based on these
selected values, the total uncertainty was calculated using
Equation 3 to be 0.726 (βTOT ~ 0.75). It should be noted
that the above four variables are assumed statically
independent.
2
2
2
2
TOT   RTR
  DR
 TD
  MDL

(3)

The increase in uncertainty from record-to-record to the
total collapse uncertainty (0.75) changes the shape of the
collapse fragility curves. In Figure 6, two curves are
shown to illustrate the influence of uncertainty on the
collapse fragility curves. The collapse fragility curve with

Figure 6: Influence of total uncertainty on the collapse
fragility curves for 3-storey middle bay infilled archetype
model [8]

5 EVALUATION OF THE PROPOSED
BASE SHEAR MODIFICATION
FACTORS
FEMA P695 [7] provides acceptability criteria to verify
the adequacy of initially assumed force reduction factors
based on the accepted collapse probabilities and total
uncertainty. The acceptable values of adjusted collapse
margin ratios are ACMR10% and ACMR20%, which
correspond to 10% and 20% probability of collapse,
respectively. The assumed Rd factor is acceptable if the
calculated ACMR values within the performance group
and individually exceed ACMR10% and ACMR20%,
respectively. The ACMR10% and ACMR20%
requirements corresponding to βTOT = 0.75 are 2.61 and
1.88, respectively. Table 1 summarizes the performance
evaluation process. The SMT values in the table are
obtained from the 2% in 50 years uniform hazard
spectrum of Vancouver at the theoretical fundamental
period of the hybrid buildings. For design base shear
calculations, FEMA P695 [7] suggests the use of the
theoretical fundamental period over the periods from
modal analysis. Tesfamariam et al. [8] used the analytical
period values for SMT calculations and obtained
conservative collapse risk for the same hybrid buildings.
As summarized in the table, for all considered archetype
buildings, the calculated individual and average ACMR
values within the considered performance group exceed
the FEMA P695 [7] acceptability requirements. FEMA
P695 [7] recommends the largest overstrength value from
all considered index archetypes as a system overstrength
factor (Ro). From the static pushover analysis, the highest
overstrength factor is 3.54. However, from a pragmatic
perspective, the NBCC 2010 [4] limits the largest
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overstrength factor as 1.7. Based on this upper bound cutoff limit, for CLT infilled SMRFs, an overstrength factor
of 1.5 is proposed.

it can be concluded that Ro = 1.5 and Rd = 4 will yield a
safe and economical design of the proposed hybrid
structure.

Table 1. Performance evaluation table [8]
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6

No. of
storey

Ro

3
Mean
6
Mean
9
Mean

3.5
3.5
2.8
2.8
2.4
2.4

SCT
(g)
3.05
3.49
2.96

ACMR
4.24
4.24
6.98
6.98
7.78
7.78

FEMA’s
require
ment
1.88
2.61
1.88
2.61
1.88
2.61

Pass/fail
Pass
Pass
Pass
Pass
Pass
Pass

CONCLUSIONS

In this paper, seismic base shear modification factors were
developed and validated using the collapse risk
assessment approach of FEMA P695 for innovative
timber-steel hybrid buildings. Archetype buildings of
various heights were developed and designed according
to the equivalent static load procedure of the NBCC 2010
[4]. Nonlinear finite element models were developed
using the OpenSees finite element package to perform
nonlinear static and dynamic analyses. These models use
experimentally calibrated connection material models and
account for the frame-wall interaction using gap elements,
which are implemented in a parallel fashion with the axial
behaviour of the connections. Subsequently, a nonlinear
static pushover analysis was performed to quantify the
actual overstrength factors of the hybrid archetype
buildings.
To check the FEMA P695 acceptable collapse
probabilities, IDA was carried out using 60 ground
motion records that are selected carefully to reflect
regional seismicity in Vancouver, BC. Due to the
complexity and the contributions of sub-crustal and
subduction type earthquakes to the total seismic hazard,
new ground motion selection criteria that considers all
sources of earthquake for the given hazard, was
developed. The adopted record selection method includes
the effects of ‘epsilon’. The data from IDA were then used
to calculate the median collapse intensity and collapse
margin ratio. Significant strain hardening was observed in
the IDA responses. From IDA analysis results, to relate
the scaled spectral acceleration values with the probability
of collapse, collapse fragility curves were developed. Of
all the analyzed buildings, the mid-rise hybrid building
shows higher collapse safety.
The collapse safety was evaluated using ACMR values.
For all considered archetype buildings, the calculated
individual and average ACMR values within the
considered performance group exceeded the FEMA P695
acceptability requirements. From the static pushover
analysis, the highest overstrength factor is 3.54. However,
from the practicality perspective, the NBCC 2010 [4]
limits the largest overstrength factor as 1.7. Based on this
upper bound cut-off limit, for CLT infilled SMRFs, an
overstrength factor of 1.5 is proposed. From this research,
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LATERAL RESISTANCE OF CROSS-LAMINATED TIMBER PANEL-TOPANEL CONNECTIONS
Benjamin L. Richardson1, Daniel P. Hindman2

ABSTRACT: Cross laminated timber (CLT) connections in shearwalls require an understanding of the shear strength
and stiffness of panel-to-panel connections within the wall. This research measures the strength and stiffness of three
different panel-to-panel CLT connections considering both monotonic and cyclic loading. Connections included a
laminated veneer lumber (LVL) spline, a half-lap connection and a butt joint with overlapping steel plate. All connections
were ductile in nature. The butt joint with steel plate demonstrated the highest connection strength of the connections
tested. The cyclic stiffness of the laminated veneer lumber spline was less than the monotonic stiffness, while the halflap joint experienced a sharp drop in load after ultimate load was achieved. Full details of the monotonic and cyclic
behaviour will be discussed, including load, stiffness and ductility terms.
KEYWORDS: Cross-Laminated Timber, Monotonic Testing, Cyclic Testing Panel-to-Panel Connections

1 INTRODUCTION 1 23
Connections are some of the most vital components of a
wood-frame structure. The use of connections in CLTbased buildings is just as important as other types of wood
construction. Because of the relatively short widths of
individual CLT panels created for manufacturing ease and
transportation, an additional connection, the panel-topanel connection is needed.
The panel-to-panel
connection is important to ensure continuity within CLT
wall sections and two-way floor systems. Continuitiy of
one-way floor systems is important, but not essential for
structural load transfer.
The panel-to-panel connections are needed for the transfer
of shear and moment forces through shearwalls, rather
than allowing the load to pool unevenly in a single
structural element. These integral connections must be
able to transmit a combination of shear and moment forces
throughout the wall, while maintaining or exceeding the
shear and moment resistance of the CLT elements.
The CLT Handbook identifies five different types of
connection details that are created by joining CLT panels
to other panels and the foundation, including panel-topanel, wall-to-wall, wall-to-floor, wall-to-roof and wallto-foundation [1]. The focus of this project is panel-topanel connections.
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Previous research on CLT panel-to-panel style
connections has yielded few sources. Vessby et al. [2]
investigated the structural performance of five-layer CLT
elements. Two connection types were tested and
compared to solid, continuous CLT specimens. The first
connection used a single internal spline at the center of the
panel with screws applied from both sides. The second
connection used sections of fibreboard overlapping the
joint on both sides secured using adhesive and screws.
Testing included shearing as a panel and bending of the
section. Catastrophic failues were observed for the
internal spline connection, which had half of the stiffness
of the exterior fibreboard connection. Failure of the
fibreboard section was identical to the control group.
Vessby et al. (2009) noted that surface splines tend to have
a much higher stiffness than interior splines.
Joyce et al. [3] conducted research in order to better
understand the performance of wall-to-wall connections
by investigating the static and dynamic properties of
common connections. These connections were subjected
to tensile and in-plane shear forces. Two connections
were investigated – a double surface spline of Douglas fir
plywood with angled screws at two different spacings.
From monotonic testing, a relatively high degree of
correlation was observed for all connections except the
partially threaded angled screws. Angled screws yielded
higher stiffness values than the double spline. The failure
2
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of the double spline was due to the formation of plastic
hinges in the fasteners. Consistent pull-through of the
screw head was observed. In the angled screws, the failure
was due to splitting at the outer lamination of the CLT due
to forces acting perpendicular to grain. This was slightly
mitigated by the use of fully threaded screws, which
provided additional embedment strength. Results from
cyclic testing showed a significant agreement with
monotonic testing and a clear pinching effect at high
displacements. Fully threaded screws provided the
highest stiffness values compared to any other test [3].
Early seismic testing of a full scale one-story CLT
building [4] and a three story CLT building [5]
demonstrated that CLT structures were able to survive a
series of strong earthquakes with virtually no damage to
the structure. However, Gavric et al. [6] felt that further
research was needed to better characterize the seismic
behaviour of CLTs connections. Twenty different
connection specimens were tested using four different test
methods. Connections included lap joints and spline joints
with LVL in both parallel and perpendicular
configurations of CLTs. Additionally, panels simulating
perpendicular connected walls (panel-to-panel), panels
simulating wall-floor connections, and panels simulating
floor-floor connections were tested. Each specimen was
subjected to at least one monotonic test and several cyclic
tests. The authors found that the lap joints yielded a higher
stiffness than the LVL spline, but often resulted in
catastrophic failure. Results showed that the LVL spline
joints resisted greater forces and higher displacements
than the lap joints [6].
An essential ingredient to extending the use of CLTs is
the development of a large variety of connectors for
different panel and building configurations. While many
studies have focused on the use of specialty fasteners, the
design of non-proprietary fasteners should not be ignored.
The design of CLT in the United States relies heavily
upon the use of non-proprietary fasteners as specified in
the National Design Specification for Wood Construction
(NDS) [7]. Unlike many proprietary fasteners produced
from high strength steel, non-proprietary fasteners use
lower strength steel which tends to produce higher
ductility values, which is essential in seismic and lateral
design.
The discussion of previous testing demonstrates
differences in results between the use of the spline, halflap and external spline connections. Not all of the results
are consistent and more study is needed. The purpose of
this paper is to examine the monotonic and cyclic testing
of three panel-to-panel connections. Non-proprietary
fasteners were chosen for use in this study due to their
prevalent use U.S. design procedures, and the high
ductility of these fasteners compared to proprietary high
strength steel fasteners.

2 METHODS AND MATERIALS
2.1 CLT MATERIAL
CLTs were composed of 5 layers of No. 2 Southern Pine
(Pinus spp.) bonded with a single component
polyurethane adhesive, and manufactured at the Southern
Virginia Higher Education Center in South Boston, VA.
CLTs were 175 mm thick. Specimen size was scaled to
create a representative connection capable of being tested
in shear using a universal testing machine. Each
connection configuration consists of mechanically
connecting a 305 mm by 305 mm CLT block to either a
305 mm by 457 mm long (monotonic) or a 305 mm by
610 mm long (cyclic) block (Figure 1). The CLT blocks
were positioned flush at the bottom for monotonic testing
and centered for the cyclic testing to allow clearance for
movement.

Figure 1: Positioning of CLT Monotonic and Cyclic Specimens

Three different panel-panel connections were selected for
this study, including a single surface spline, a half-lap
joint, and a butt joint with a steel plate connector. A
conscious decision was made to avoid proprietary
fasteners/connectors. Direction of grain when connecting
the CLT blocks was oriented vertically for the shear
testing (Figure 1). The test plan for this research is shown
in Table 1. Five specimens of each of the three different
panel-to-panel connections were tested in both monotonic
and cyclic loading, for a total of thirty specimens.
Table 1. CLT Connection Test Plan
Type of
# Monotonic
Connection
Samples
External Spline
5
Half-Lap
5
Steel Plate
5
TOTAL
15

# Cyclic
Samples
5
5
5
15

Figure 2 is a schematic drawing of the surface spline
connection for monotonic testing. A slot 44.5 mm deep
and 102 mm wide was removed from the front face of both
CLT members of the connection. A 44.5 mm thick by 204
mm wide 2.0E RigidLam LVL 305 mm long was used as
an external spline. The LVL was connected to each CLT
with three 6.35 mm diameter by 152 mm long lag screws
and standard cut washers. Fastener spacing was in
accordance with the NDS [7]. Lag screws were installed
by the pre-boring method described in Section 11.1.4.2 of
the NDS [7]. Cyclic test specimens were created in the
same fashion.
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Figure 3 is a schematic of the half-lap joint. A section 102
mm long and 87.3 mm deep was removed from each of
the CLT blocks to create a corresponding interlocking
joint. The two blocks were then fastened with 6.35 mm
diameter by 152 mm long lag screws and standard cut
washers. Lag screws were installed by the pre-boring
method and all fastener spacing met the NDS criteria [7].

Figure 4. Butt Joint with Metal Plate Connection

Figure 4 is a schematic of the butt joint with a one-sided
steel plate connector. CLT blocks were brought into
intimate contact and held while an 11gauge Grade 33
galvanized steel plate with predrilled 3.80 mm holes was
attached to each CLT by eight 16d common nails. All
spacing requirements met or exceeded the NDS
recommendations for nails [7].
Figure 2. External Spline Connection

2.2 MONOTONIC TESTING
CLT specimens were stored in the Wood Engineering
Laboratory at the Thomas M. Brooks Forest Products
Center at Virginia Tech prior to testing. CLT specimens
were paired randomly and placed in a shear test fixture
(Figure 5) which was used for both monotonic and cyclic
testing. The test machine used was an MTS servohydraulic test machine with a 222 kN load cell with a
sensitivity of less than 1%. Linear variable differential
transformers (LVDTs) with a sensitivity of 0.025 mm
were used to record displacement of the sample.
Monotonic loading was applied at a uniform displacement
rate of 2.54 mm/min. Integrated load cells and LVDTs
measured the load and displacement, respectively, of the
connection continuously throughout testing.
The maximum load and stiffness of the linear portion of
the load-deflection curve were reported. Five percent
offset values were taken as the intersection of the loaddeflection curve with the initial load-displacement slope
at a deflection of 5% fastener diameter. Upon completion
of testing, blocks were cut from all wood materials (main,
side, spline members) for moisture content and specific
gravity testing according to ASTM D 4442 [8] and ASTM
D 2395 [9], respectively.

Figure 3. Half-Lap Connection
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Figure 5. Test Set-Up Used for Both Monotonic and Cyclic Loading

2.3 CYCLIC TESTING
The test specimen used for cyclic testing is shown in
Figure 1 on the right. The longer section of the right side
CLT member allowed for load application in the reverse
direction compared to the monotonic loading specimens
(Figure 1, left). A similar test frame to Figure 5 was used
for testing of cyclic specimens.
Shear stiffness, strength and ductility were measured by
subjecting the CLT connection specimens to full-reversal
shear loads as described by Test Method C (CUREE Basic
Loading Protocol) of ASTM E 2126 [10]. Actuator
displacement was controlled at a constant rate of 25.4 mm
per second. Testing was terminated once the applied load
decreased below 20% of the peak load. Envelope curves,
shear strength and secant modulus (G’) at yield limit and
strength limit states were calculated [10].

3 RESULTS AND DISCUSSION
Moisture content and specific gravity results for the CLT
material and LVL spline are shown in Table 2. The
average moisture content of the CLT was 7.7% with a
variation of less than 5%. The average specific gravity of
the CLT was 3.6% greater than the NDS value listed as
0.55 (AWC 2015).
Table 2. Moisture Content and Specific Gravity

Material

CLT
LVL Spline

Moisture
Content, (COV)
7.7% (4.5%)
8.1% (4.6%)

Specific
Gravity, (COV)
0.57 (10.7%)
0.58 (11.1%)

3.1 MONOTONIC TESTING RESULTS
The average 5% offset yield load values and maximum
load for each of the CLT connection configurations tested
in monotonic loading is shown in Table 3. Each
connection was tested to failure or until the load decreased
by 20% with no observable recovery. The steel plate
connection had an average 5% offset yield load value
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nearly 2.5 times the spline connection value, and nearly
1.7 times the half-lap connection value.
Table 3. Average 5% Offset Yield Load and Maximum Load
from Monotonic Testing

Connection

1

Spline
Half-Lap
Steel Plate

5% Offset Load,
kN (COV)
4.61 (19.0%)
6.79 (11.0%)
11.4 (27.0%)

Maximum Load,
kN (COV)
18.0 (26.8%)1
18.9 (18.2%)
22.0 (6.5%)

Considering only 4 specimens. One specimen was stopped
prematurely to prevent test machine damage.

One of the surface spline connections was stopped
prematurely to prevent the cross-head of the universal
testing machines from contacting the anti-rotation bracing
(Figure 5). This specimen was not loaded to failure, and
this data point was not included in the maximum load
value.
Average maximum load values of the three connections
were distributed over a much smaller range. The surface
spline and half-lap connections only differed by 907 N,
while the half-lap and steel plate connections only
differed by 3.04 kN. The spline connection demonstrated
nearly four times the variation of the steel plate
connection for maximum load.
The average load-deflection curves of the monotonic
testing for each of the three types of connections were
created by averaging the load and deflection values at the
proportional limit, 5% offset yield limit, ultimate load and
when ultimate load decreased by 20% (Figure 6).

Load, kN

The steel plate connection had the greatest ultimate load
of all of the connections. The surface spline connection
had the lowest ultimate load, but also have the greatest
deflection of the joint, indicating greater ductility. The
half-lap joint had the greatest slope after yield, but
experienced a sharp drop in load after ultimate load was
achieved. The performance of the half-lap may
demonstrate the catastrophic failure mentioned by Gavric
et al. [6].

Ductility rations were calculated from the monotonic
testing results as the ratio between the displacement at
ultimate load and displacement at the 5% offset yield load.
Average ductility ratios for each connection are presented
in Table 4. The spline connection had the greatest average
ductility ratio, followed by the steel plate and the half-lap
connection. The average ductility ratio for the spline joint
was much greater than the value of 14.43 reported by
Gavric et al. [6]. This difference may be due to test
specimen differences, where specimens from Gavric et al.
[6] used a full-scale CLT panel with two connections at
both sides. Further investigation of the effects of the
moment applied to this test setup may be needed.
Table 4. Ductility Ratio and Reference Deformation From
Monotonic Testing

Connection

1

Spline1
Half-Lap
Steel Plate

Ductility Ratio,
(COV)
27.4 (37.9%)
10.8 (10.9%)
12.4 (57.1%)

Reference
Deformation, in
1.226
0.531
1.044

Spline values based on only four specimens.

Monotonic reference deformation (m) were calculated
from the results of the monotonic CLT connection testing.
The monotonic reference deformation is needed to
provide a base deflection value for controlling the test
machine’s actuator for cyclic (reversed) testing. The
monotonic reference deformation is the deformation at
which the applied load decreased, for the first time, below
80% of the load applied to the specimen according to
ASTM E 2126 [10].
3.2 CYCLIC TESTING RESULTS

25

The average maximum load obtained through cyclic
testing for each connection configuration and the percent
difference between the cyclic and monotonic maximum
loads are shown in Table 5. The maximum load from
cyclic testing was the maximum load value observed from
all cycles tested. Average cyclic maximum loads were
43.6% less than the monotonic maximum load for the
spline connection, 88.5% less than the monotonic
maximum load for the half-lap connection, and 14.4%
greater than the monotonic maximum loads for the steel
plate connection.

20

Table 5. Average Maximum Load From Cyclic Testing

Connection

15
10
5
0

0

10

20

30

Deflection, mm
Spline

Half-Lap

Steel Plate
Figure 6: Test Results From Monotonic Loading

40

1

Spline
Half-Lap
Steel Plate

Maximum Load
from Cyclic
Testing,
kN (COV)
12.5 (28.1%)
10.0 (11.8%)
25.7 (3.9%)

% Difference
Maximum Cyclic
and Monotonic
Loads
-43.6%
-88.5%
14.4%

% Difference = (Cyclic-Monotonic)/Cyclic * 100%
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Lower average maximum values in cyclic testing were
speculated to result from earlier fastener deterioration due
to the effects of the full-reversal cyclic loading. The
greater maximum load value for the cyclic steel plate
connection was due to the ability of the nail to resist
deterioration and the visco-elastic response of the wood
under a faster loading rate. In general, wood is able to
resist higher loads when forces are applied over a shorter
time span.

Load (kN)

Figure 7. Hysteresis Curve and Envelope Curve for a Steel Plate Specimen

Figure 7 is an example hysteresis curve with the
corresponding envelope curve highlighted for a butt joint
with steel plate specimen. Plots of the envelope curve
were then plotted against the composite curves from
monotonic data (Figure 8) to examine differences
between the monotonic and cyclic connection behaviour.

The cyclic envelope curve and composite monotonic
curves for the half-lap joint are shown in Figure 9. The
half-lap specimens experience reduced load values at the
second and third primary loops, developing the almost
constant load of the envelope curve at higher deflection
values. As in the spline joint, the monotonic curve had a
greater maximum load value than the envelope curve.

0

10

20
30
Deformation (mm)

40

Cyclic Envelope Curve
Composite Monotonic Curve

Figure 8. Composite Monotonic and Average Cyclic Envelope
Curve for Surface Spline Connection
20
18
16
14
Load (kN)

The cyclic envelope curve and composite monotonic
curves for the spline connection are shown in Figure 8.
The composite monotonic curve has a higher initial
stiffness than the envelope curve. The deflection at
maximum load was much greater for the monotonic curve
than the envelope curve. However, a 5% offset line drawn
on the envelope curve would exceed the value of the
composite curve at that deflection.
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2
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Figure 9. Composite Monotonic and Average Cyclic Envelope
Curve for Half-Lap Connection
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The cyclic envelope curve and composite monotonic
curve for the steel plate connection are shown in Figure
10. Unlike the spline and half-lap connections, the cyclic
steel plate connections had higher maximum loads than
the monotonic specimens. Maximum deflection values of
the cyclic and monotonic curves were similar (14.7 mm
for cyclic, 16.0 mm for monotonic).The initial shear
stiffness of the envelope curve was greater than the
stiffness of the composite curve.
30
25

Load (kN)

20
15
10
5
0

0

10
20
Deformation (mm)

30

Cyclic Envelope Curve
Composite Monotonic Curve

Figure 10. Composite Monotonic and Average Cyclic Envelope
Curve for Steel Plate Connection

The average connection stiffness and coefficient of
variation for each connection configuration from both the
monotonic and cyclic testing are shown in Table 6.
Connection stiffness of cyclic specimens was found by
averaging the values of both the positive and negative
envelope curves. The resulting average was plotted and
the stiffness was taken as the slope of the initial elastic
region from the resulting load-deflection curve.
Table 6. Average Connection Stiffness for Cyclic and
Monotonic Connections
Connections Monotonic
Cyclic Stiffness,
Stiffness,
kN/mm (COV)
kN/mm (COV)
Spline
5.81 (55.6%)
4.34 (48.3%)
Half-Lap
7.48 (24.6%)
10.0 (47.7%)
Steel Plate
10.2 (38.2%)
16.9 (15.8%)
Average stiffness for cyclic spline connections decreased
by 25.3% compared to the montonic stiffness. This
reduction was due largely to a single specimen which only
had a stiffness of 1.09 kN/mm. Excluding this data point,
the average spline stiffness was 5.15 kN/mm, which was
a decrease of 11.3% from the monotonic. Both the halflap and steel plate connections had an increase in stiffness
for the cyclic testing. The half-lap cyclic stiffness
increased 33.5% compared to the monotonic stiffness,

while the steel plate cyclic stiffness increased 66.2%
compared to the monotonic stiffness.
The initial stiffness values demonstrate . . . .

4 CONCLUSIONS
An investigation of lateral resistance of CLT connections
was performed by measuring the load and stiffness of
three connection configurations using non-proprietary
fasteners: LVL surface spline, half-lap joint, and butt joint
with a metal plate. Connections were subjected to shear
forces through monotonic and cyclic loading. The butt
joint with steel plate demonstrated the most favourable
results in both monotonic and cyclic testing. Failure of
the steel plate was delayed much more than the other
connections. The LVL surface spline produced splitting
of the spline material, possibly due to the orientation of
the LVL plies. Sharp decreases in load after ultimate load
was achieved were observed in the half-lap connections.
The LVL spline performance was overall poor. The halflap connection had acceptable performance, but failure of
the fasteners occurred in relatively brittle manner, with
snapping or shearing of the fasteners at the interface. The
results of this study can help demonstrate the effect of
different connections used for panel-to-panel connection
methods of CLTs.
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MULTIFUNCTION TIMBER WALL DESIGN FOR HIGH LOADS: USE OF
REINFORCED CLT THIN PANEL
Thomas Garn sson1, Phili
Galimard2, Sa d Raji3, St hani Armand D
J an Lu Cour au , Mari Pauly

r 4,

ABSTRACT: This paper presents a multifunction timber wall concept. It is adapted to create frame and envelope of
multi-storey buildings. This wall is composed of a reinforced CLT thin panel to support the loads. Other layers are used
to provide insulation, internal and external coatings. In this study, Solid-beams are chosen to reinforce the CLT panel.
Bending and buckling tests are carried out to assess the mechanical behavior of the wall concept. The implementation of
reinforcements increases significantly the stiffness of CLT thin panel and its buckling stability. In this way, the use of
this wall reduces the amount of material employed. This study also shows that it is possible to reduce the length of the
reinforcements without significantly reducing the buckling stability of the wall.
KEY WORDS: Timber wall, CLT, Reinforced panel, Bending test, Buckling test, Multi-storey buildings

1 INTRODUCTION
In industrialized countries, urban densification has
become a common answer to urban sprawl leading to the
intensification of the construction of buildings over five
storeys.
Timber used for multi-storey buildings provides several
interests, especially regarding environmental issues [1].
This material promotes prefabrication and offers light
structures. Developed in the 1990s in Central and Northen
Europe (mainly in Austria and Germany), CLT (Cross
Laminated Timber) panels (Figure 2) are currently largely
used for multi-storey buildings. In 2012, world CLT
production was 500 000 m3 [2]. They present excellent
mechanical performances and allow rapid construction.
For example, the use of CLT panels for the construction
of the Stadthaus in London has enabled the erection of a
nine storeys building in nine weeks. These panels are
made by an assembly of cross-boards which ensures good
dimensional stability.
However, slenderness ratio of CLT panels requires a large
wood thickness to resist against buckling occurring when
this type of element is subjected to a compressive stress.
Moreover, to insure the building thermal and acoustic
insulation, but also internal and external coatings,
additional layers must be added to CLT panels. These
1
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facts tend to make CLT an expensive option and therefore
a less competitive solution compared to conventional ones
using concrete or steel.
Several manufacturers and researchers are currently
working to improve the performance of this product.
Some use hardwood instead of softwood which is
traditionally employed for boards of panels (this type of
wood presents better mechanical performances). Others
realize composite elements like box [3] to improve the
stiffness of the wall without significantly increasing the
amount of material used. However, these sets of solutions
only take into account only the mechanical aspect.
To promote the use of timber in multi-storey buildings
and in order to offer efficient solutions, this study aims to
develop an innovative system of timber wall which takes
into account the multifunctional aspects (mechanical,
thermal, acoustic …). In this paper, the timber wall
concept is described. The main focus is to present the
mechanical tests and its outcomes that were carried out to
assess the behavior of the system.

2 TIMBER WALL CONCEPT
2.1 APPLICATION
The constructive solution developed in this study (Figure
1) is adapted to create structure and envelope of multi-
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storey buildings. It can therefore be described as
multifunctional because it provides this both functions.
This timber wall ensures vertical and horizontal loads
transmission to basement (weight of building elements,
building exploitation, wind, snow …). For multi-storey
buildings these loads are significant.
In addition, this concept provides thermal and acoustic
insulation of building thanks to integrated insulation and
additional external and internal insulation layers.
Also, this timber wall is suited to construction sites where
prefabrication is required. Panels arrive on site with a
level of prefabrication depending on project constraints.

Figure 1: im er all concept

2.2 THIN PANEL
Thin panel supports vertical and horizontal loads. It is
made from CLT (Figure 2). This timber panel comprises
a set layers composed of several boards which are oriented
at 90° between layers. Layers are glued together and some
manufacturer also glues the edges of the boards to
increase mechanical performances of panels. Boards of
outer layers are always verticals. Because it is reinforced,
CLT panel is thinner than those used commonly to form
building walls. It consists of at least 3 layers and a
minimum thickness of 19 mm.

Figure 2: C

panels

2.3 REINFORCEMENTS
Reinforcements allow to avoid buckling instability of thin
panel and to integrate insulation (thermal and acoustic).
To increase stiffness of thin panel, these elements are
mechanically connected to it. Reinforcements can connect
to the panel thanks to screws or glue. These elements may
take different forms (Figure 3). Solid-Beam is certainly
the cheapest element but also the one that offers the lowest
stiffness. I-Beam provides superior mechanical
performance but is also more expensive. Box-Beam may
be interesting for the implementation of networks. These
elements are connected to panel in a factory.

Figure 3: ypes o rein orcements

2.4 INSULATION AND COATINGS
Other parts of the timber wall allow to create the envelope
of the building, they don’t assume a mechanical role
(Figure 1). Internal and external insulation layers are
implemented when necessary. Different types of material
may be used for these layers (mineral wool, fiber wood,
straw, etc.). Plasterboard, wood panel or materials
commonly used for this application may be employed to
form internal coating. For exterior, applying timber
cladding, boards or roughcast is possible. However, for
roughcast an external insulation layer suitable for this
application is necessary.
2.

AVANTAGES

The main advantage of this timber wall concept concerns
the amount of material employed. The implementation of
reinforcements allows to increase stiffness of CLT panel.
In this way, for the same mechanical performance, a wall
design according to this concept use less material than a
conventional CLT panel. Panels used for this timber wall
are thinner.
Commonly for buildings built with CLT panels, insulation
is provided by an external mineral wool layer. This
requires implementation of battens to be maintained. The
wall concept presented also employs this type of elements
but they have a double role: maintaining the insulation and
reinforcing the CLT thin panel thanks to its mechanical
connection. Because the reinforcements are placed in a
factory, the integrated insulation may be already installed
when the wall arrives on site. Thus, the level of
prefabrication may be more important than for
conventional CLT panels.

3 MECHANICAL TESTS
3.1 OBJECTIVES
In this study, mechanical tests are carried out to assess the
behavior of the timber wall concept. The main objective
is to confirm the benefits offered by the reinforcements.
The buckling stability of an element is strongly dependent
on its stiffness 𝐸𝐼 [𝑁. 𝑚𝑚2 ]. For a perfect element
without initial default, the Equation (1) gives the Euler’s
buckling critical load 𝐹𝑐𝑟𝑖𝑡 [𝑁].
𝐹𝑐𝑟𝑖𝑡 =

𝜋 2 𝐸𝐼
𝑙′2

(1)

Where 𝑙 ′ [𝑚𝑚] is the element buckling length that
depends on the boundary conditions. Equation (1) shows
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the direct relation between buckling critical load and
stiffness but cannot be used for common application
where straightness default is present. Stiffness can be
determined from a bending test. This type of test has the
advantage of not being destructive. Plastic deformations
are not reached. CLT panels are subjected to these tests
before and after the implementation of reinforcements.
The gain in stiffness can thus be evaluated. For these tests,
the connection between the components is ensured by
gluing.
Stiffnesses provided by these tests are compared with
theoretical values. The Gamma method is an analytical
method used by the Eurocode 5 [4] to determine stiffness
of composite beams (I-beam, T-beam, Box-beam). It
involves the coupling coefficient 𝛾 that takes into account
the efficiency of the connection between the elements.
Adaptations are proposed by the CLT Handbook [5] for it
to be applicable to CLT panels. The longitudinal layers
are considered connected together by the transversal
layers. Thus, only longitudinal layers are considered to
support the loads and transversal layers are assimilated to
mechanical connectors. These have a rigidity equal to that
of the rolling shear of transversal layers. The Gamma
method is used in this study to determine the theoretical
stiffness of unreinforced panels. The 5-layers CLT panel
modelling proposed by the CLT Handbook is presented in
Figure 4.

Figure 4: -layers C

panel mo elling y C

an

Different lengths of reinforcements were glued on the
CLT thin panels. This allows to observe if it is possible to
use reinforcements with a length less than that of the panel
without significantly reducing the stability.
3.2 TESTED WALLS
Bending and buckling tests are carried out on 3 types of
walls (Figure 5). For these, the CLT panel dimensions are
identical. It consists of three layers composed of boards
classified C24 according to standard NF EN 338 [6].
Outer layers have a thickness of 15 mm and inner layer
have a thickness of 20 mm. Initially, the panels were made
with 20 mm layers thickness but to be certain that the
buckling can be observed, the outer layers were planed to
reduce the stiffness of the panel. CLT thin panel has a
length equal to 2500 mm. This dimension has been chosen
because it approaches the standard height of a wall and is
compatible with the test bench used. The width of panel
is equal to 500 mm. Reinforcements used in this study are
solid-beams also classified C24. They are placed in the
center of the panel. Their section is 36*72 mm. This is
smaller than what could actually be implemented to
support heavy loads but this section has been chosen to be
certain to observe the buckling instability. The
reinforcements are glued to the panel thanks to onecomponent polyurethane adhesive. The required bonding
pressure during the time needed for the glue to set is
ensure by screws spaced 250 mm. The first type of wall
tested (type 1) is an unreinforced panel. The second (type
2) is a panel with a reinforcement length equal to 2320
mm. This length is a little bit less than that of the panel so
as to place the wall on the test bench. The third type of
wall (type 3) is reinforced with a smaller length of
reinforcement (1750 mm). Tests are carried out on 4 walls
of the type 1, 3 walls of the type 2 and 3 walls of the type
3. Different tested walls are shown in Table 1.

ook

For a glued assembly between a CLT thin panel and a
reinforcement, a theoretical stiffness can be obtained by
considering real stiffnesses of elements and a coupling
coefficient equal to 𝛾 = 1. The real stiffness of a thin
panel is obtained thanks to a bending test carried out
before the implementation of reinforcement. The real
stiffness of a reinforcement is mechanically determined
thanks a machine.
Buckling tests are also carried on panels with and without
reinforcements. Tanks to these tests it is possible to relate
their stiffness to their buckling stability. This type of test
allows to assess the influence of the length of the
reinforcements on the buckling stability of the panels.

Figure 5: ori ontal sections o teste

alls
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Table 1: Re erences o the teste

Reference
ACLT1
ACLT2
BCLT4
BCLT5
BCLT1
BCLT2
BCLT3
BCLT6
BCLT7
BCLT8

alls

Type

Length of
reinforcement

1

-

2

2320 mm

3

1750 mm

For specimens presented in Table 1, two CLT panels were
requested from the manufacturer. The first was used to
make the specimens BCLTi with 𝑖 from 1 to 8. Its length
was equal to 2850 mm because it was the length initially
selected for the specimens. Ultimately, because the test
bench does not allow to test panels with a length greater
than 2500 mm, this first CLT panel was cut. The second
CLT panel provided by the manufacturer was used to
make the specimens ACLTi with 𝑖 from 1 to 2. Its length
was equal to 2500 mm. It has therefore not been cut.
3.3 BENDING TESTS
4-points bending tests are carried out on the CLT panels
of type 1 and on the elements of type 2 and 3 before and
after the implementation of reinforcements. These tests
are based on the standard NF EN 408 [7] that provides a
method to define local modulus of elasticity in bending.
The bench test used is presented in Figure 6. It is a
hydraulic press Quiri Hydro Systems.

distance 𝑙1 equal to 640 mm (Figure 7). The standard NF
EN 408 gives recommendations regarding the distances
between supports, sensors, cylinders which are shown in
Figure 7.

Figure 7: etermination o local mo ulus o elasticity in
en ing accor ing to

Due to the dimensions of the tested elements, the
distances shown in Figure 7 which depend on the
thickness of the panel have not been respected.
Modulus of elasticity determined from these tests
corresponds to the middle part of the element. The length
of reinforcements does not influence the modulus value.
In this study, stiffness is the parameter of interest. The
Equation (2) gives the stiffness of testing element.
𝐸𝐼 =

𝑎𝑙1 2 (𝐹2 − 𝐹1 )
16(𝑤2 − 𝑤1 )

Where 𝐸𝐼 [𝑁. 𝑚𝑚²] is the stiffness, 𝐹2 − 𝐹1 [𝑁] is an
increment of load and 𝑤2 − 𝑤1 [𝑚𝑚] is the increment of
deformation in millimetres corresponding to 𝐹2 − 𝐹1.
3.4 BUCKLING TESTS

Figure 6: en ing test ench

The distance 𝑙 between the supports is equal to 2250 mm.
The two cylinders that apply the load (250 kN maximum
by cylinder) are spaced by a distance 𝑎 equal to 710 mm.
This cylinders are controlled by step of displacement.
Wire sensors (AK industries CD50) allow to record the
displacement of tested element on four points. Two
sensors are placed in midpoint between the cylinders, they
measure the displacement of the panel at its lateral ends to
check that there is no twisting. The two other sensors are
placed on both side of the two first, these are spaced by a

(2)

Figure 8: uckling test ench
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Buckling tests are carried out on the elements of type 1, 2
and 3 after the implementation of reinforcements. This
type of test allows to observe the behavior of an element
subjected to a compressive load. It is not defined by a
standard as is the case for bending tests. The bench test
used is shown in Figure 8. The same hydraulic press as for
bending tests is used.
The minimal distance between the cylinders are bigger
than the width of the element which is equal to 500 mm.
The load applied by the cylinders is therefore distributed
through a steel profile. This profile is guided by four poles
so as not to induce torsional stress in the cylinders. Teflon
plates allow the profile to slide between poles. The
buckling stability of an element is strongly dependent on
its boundary conditions. To properly assess the behavior
of the panels it is necessary to master these conditions.
Also critical buckling load will be lower if panel
extremities are free to rotate around the axis parallel to the
plane panel. This type of conditions was chosen in this
study to be certain to observe the buckling of the tested
elements. Panel extremities are inserted in a particular
fixing system specially designed for this study. Wire
sensors allow to record the displacement of element tested
on four points. Two sensors are placed on the edges of the
panels in mid-height. The comparison of the values given
by these sensors allows to observe a possible twist of the
panel. The two others sensors are placed at mid-width of
the panel to a distance equal to 625 mm from the bottom
and top ends. The positioning of the different sensors
provides information on the form of the panel when the
load is applied.
The critical buckling load is reached when large
deformation occurs without an increase of the applied
load [8,9].
3.

OUTCOMES

Bending tests are carried out on all specimens before the
implementation of reinforcements. Each panel is tested
twice by turning the panel after the first test in order to
check the coherence of the values obtained. On average,
the difference between the stiffness obtained for both
faces is equal to 2.12 %. This difference is at most equal
to 6.52 % for the wall BCLT2. Because the differences
are small, the stiffness of each panel is taken equal to the
average of the values obtained for the two positions of the
panel on the test bench. Before the implementation of
reinforcements, the CLT thin panels have identical
dimensions. It is possible, thanks to the Gamma method
and following the recommendations provided by the CLT
Handbook, to calculate the theoretical stiffness of these
panels. It is equal to 5.18E+10 N.mm². A comparison of
results obtained is presented in Figure 9.

Figure 9: ti nesses o panels
theoretical alues

e ore rein orcement an

Panel ACLT1 presents the smaller gap between stiffness
value given by bending test and theoretical value. It is
equal to 0.87 %. The maximum gap is obtained from the
panel BCLT6. It is equal to 23.95 %. Gamma method
gives a good assessment of stiffness of the panels. The
differences observed can be explained by the mechanical
performances of the boards that are not precisely known.
Conventional performances of wooden pieces classified
C24 are used to apply the Gamma method. It is possible
to observe in Figure 9 that the panels ACLTi have a lower
stiffness than is theoretically expected which is not the
case for the panels BCLTi. This result can be explained
by the fact that specimens ACLTi and BCLTi are not from
the same CLT panel. Two panels from the same
production unit can therefore have a different stiffness.
Also, the differences observed within one single CLT
panel can be explained by the small width (500 mm) of
specimens. It is the number of boards forming the panel
of specimen which determines its homogeneity. If the
specimens were wider, the gap in stiffness between the
different specimens from the same CLT panel would
certainly have been lower. Table 2 details the stiffness
obtained and the average values for panels ACLTi and
BCLTi.
Table 2: ti ness an a erage alues or panels
C i

Reference
ACLT1
ACLT2
BCLT1
BCLT2
BCLT3
BCLT4
BCLT5
BCLT6
BCLT7
BCLT8

EI tests
[N.mm²]
5.13E+10
4.93E+10
6.03E+10
5.80E+10
5.66E+10
6.26E+10
6.22E+10
6.42E+10
6.14E+10
6.24E+10

C

i an

Average
[N.mm²]

5.03E+10

6.10E+10

Specimens from the ACLT panel have an average
stiffness equal to 5.03E+10 N.mm² whereas for those
from the BCLT panel, the average value is equal to
6.10E+10. This gap of 21.27 % shows a significant
difference between the performances of two panels that
remains to be explained. Such a gap could be explained
by a change in the method for glue application.
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Before gluing the reinforcements to the CLT thin panels,
their stiffnesses are obtained thanks a machine that
analyse the resonance frequency of the wooden piece
subjected to a mechanical shock which causes vibrations.
The stiffnesses of reinforcements and CLT panels
obtained by tests are used to calculate theoretical
stiffnesses of the specimens thanks to the Gamma method
(𝛾 = 1 for a glued joint). Because bending tests define the
stiffness of the central part of the specimens, the
calculated theoretical values are valid only for the central
part. For elements with a short reinforcement (BCLT6,
BCLT7 and BCLT8), the global stiffness value is
different from this local value. After the implementation
of reinforcements, the specimens are placed on the test
bench in order to have a contact between the thin panel
and the supports. The results of bending tests are shown
in Figure 10 and compared with the theoretical stiffnesses
and the stiffnesses obtained before the implementation of
reinforcements.

reduces the amount of material used by approximately 21
%.
Buckling tests are carried out on all specimens after the
implementation of reinforcements. For all panels, no twist
have been observed. In all cases, when the buckling is
reached, the stretched area is that on which the
reinforcement is glued. The displacement of an element
under vertical load is taken equal as the average of the
values given by the sensors placed on the edges of the
panel in mid-height. Tests show a significant difference in
behavior between the specimens ACLTi and BCLTi. To
illustrate this difference, Figure 11 gives the relation
between applied load and displacement for two
unreinforced panels.

Figure 11: Relation oa –
C i an C i
Figure 10: ti nesses o the specimens
rein orcement an theoretical alues

e ore an

a ter

For all specimens except BCLT1, stiffness obtained from
bending test is less than the theoretical value. The gap is
maximum for the specimen BCLT7, it is equal to 26.93
%. For the application of the Gamma method, the
coupling coefficient 𝛾 is set equal to 1 because the
reinforcement is glued to the panel. The relative sliding
between the two pieces is considered zero. In practice this
is certainly not the case. The conditions of glue
application (temperature, humidity, setting time) may
have not been perfect. For specimens BCLT2 and BCLT3
the gap between test and theoretical values is less than
7.38 %. For these specimens, the Gamma method gives a
good assessment of the stiffness. This suggests that the
gluing is of good quality. The test value for the specimen
BCLT1 is just 5.22 % higher than the theoretical value.
Such difference may be explained in part due to the lack
of test precision (load and displacement sensors
precision).
It is possible to observe in Figure 10 that the
implementation of reinforcements allows a significant
increase of the specimens’ stiffness. On average, this
increase is of 133 %. The average stiffness obtained for a
reinforced panel is equal to 1.41E+11 N.mm². For
example, the Gamma method gives a similar stiffness
(1.44E+11 N.mm²) for an unreinforced panel composed
of 3 layers 24-22-24 mm. However, the reinforced panel

isplacement or t o specimens

Rigidity under compressive load is defined as the capacity
of an element to resist against deformation. This
parameter is equal to the slope of the curve representing
the load applied according to the displacement. At the
beginning of the test, a difference in rigidity is observed
between the two types of panels. Specimens ACLTi have
a rigidity significantly higher than that of the specimens
BCLTi. Such a difference can be explained by the fact that
the specimens BCLTi were cut. This operation has not
been realized with care and has introduced an initial
default. The difference in behavior induced shows the
strong impact of the initial conditions.
Critical loads obtained thanks to buckling tests are given
in Table 3 for all specimens with their stiffness 𝐸𝐼
provided by bending tests. This is the local stiffness
observed in the central part of the elements.
Table 3: ti ness an critical loa

Reference
ACLT1
ACLT2
BCLT1
BCLT2
BCLT3
BCLT4
BCLT5
BCLT6
BCLT7
BCLT8

or each specimen

EI [N.mm²]
5.13E+10
4.93E+10
1.70E+11
1.40E+11
1.38E+11
6.26E+10
6.22E+10
1.27E+11
1.21E+11
1.48E+11

Fcrit [kN]
71.9
66.9
172.8
134.3
139.8
76.3
76.7
144.3
146.1
139.5
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As expected, the results show a strong dependence of the
critical load to the stiffness. The relation between these
two parameters is shown in Figure 12.

Figure 12: Relation Critical oa – ti ness

The 𝑅2 coefficient of the trend line presented in Figure 12
is equal to 0.95.This value means that this trend line gives
a good representation of the relation between the stiffness
and the critical buckling load. Because all specimens meet
this relation, it is possible to conclude that the cutting of
the panels BCLTi (introduction of an initial default) has
no impact on the critical buckling load.
The relation shown in Figure 12 takes into account the
stiffness of the central part of the elements provided by
the bending tests. This relation is not influenced by the
length of the reinforcement. However, the specimens with
a short reinforcement also meet the relation highlighted.
This shows that for the selected configurations, the length
of reinforcement does not significantly influence the
behavior of elements regarding to the buckling stability.
The tests carried out also allow to highlight the impact of
the implementation of reinforcement on the critical
buckling load. On average, unreinforced panels tested
have a critical buckling load equal to 73 kN. For
reinforced panels (short and long reinforcement) the
average critical load is equal to 146 kN. The
implementation of reinforcements allows to double the
critical buckling load of panels for an increase in the
amount of material used only of 7 % for a short
reinforcement.
Buckling tests were carried out until specimens’ failure.
Thus, the failure mechanism for a reinforced panel was
observed. This is the reinforcement that breaks first,
Follows the failure of the CLT panel. A broken specimen
after a buckling test is shown in Figure 13.

Figure 13: uckling test carrie out until ailure

4 CONCLUSIONS
The wall timber concept presented in this paper is
described as multifunctional. It is suitable to create frame
and envelope of buildings. The use of a reinforced panel
allows to support high loads which are consistent with a
use in multi-storey building. Bending and buckling tests
were carried out has highlighted the strong relation
between stiffness and critical buckling load. The
implementation of reinforcements allows a significant
increase in the stiffness of the elements and therefore their
buckling stability. This study also shows that the length of
reinforcement can be reduced without causing a
significant decrease in buckling stability.
The wall concept developed in this study allow to reduce
the amount of material used. Economically, this solution
can seem therefore interesting. However, the production
of these reinforced panels requires more time than for
common CLT panels. Further studies on this subject are
needed. In this study, panels are reinforced by Solidbeams. The use of I-beams must reduce the amount of
material employed. Nevertheless, if the economic aspect
is considered, such reinforcements may not be relevant.
For this timber wall concept, a finite elements model was
developed to assess the mechanical behavior of such
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element. Future work will be to cut CLT panels to test
stiffness of the boards. The results obtained will allow to
validate this model.
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CONTROLLED ROCKING CROSS-LAMINATED TIMBER WALLS FOR
REGIONS OF LOW-TO-MODERATE SEISMICITY
Mike Kovacs1, Lydell Wiebe2
ABSTRACT: Controlled rocking heavy timber walls (CRHTW) were originally developed in New Zealand as a lowdamage seismic force resisting system using Laminated Veneer Lumber (LVL). This paper examines one way of adapting
them to regions of low-to-moderate seismicity in North America, using Cross-Laminated Timber (CLT) composed of
Canadian timber species. In particular, the adaptation simplifies the CRHTW by omitting supplemental energy dissipation
and minimizing the potential for long-term damage to the timber from the post-tensioning. Key assumptions that are used
in the design and analysis stages are evaluated with regard to the difference between timber products, and the structural
performance of a prototype CRHTW design is confirmed by nonlinear time history analysis. Despite the lack of
supplemental energy dissipation, the prototype design performs well with negligible residual drifts and a median peak roof
drift of 0.63%. Future research is identified for the continued development of the adapted CRHTW.
KEYWORDS: Cross-Laminated Timber, Low-damage Seismic Design, Controlled Rocking, Self-centring Systems

1 INTRODUCTION 12
Densely populated, high seismic hazard regions have
motivated seismic engineering research and development
in recent decades, including advanced structural
technologies like damping devices, base isolation, and
controlled rocking. However, regions like New Zealand
and California are not the only regions facing high seismic
risk: regional seismic risk is related to both the hazard
(probability of a large event) and the vulnerability of the
region’s society and infrastructure. Most of North
America and Europe, for example, is subject to low or
moderate seismic hazards, but a low perception of seismic
risk and entrenched building practices mean that building
stakeholders resist adopting the complex and expensive
structural alternatives designed for high-hazard regions
[1]. This leads to increased risk, however, as vulnerable
infrastructure builds up in regions where populations are
densifying and relying on engineered structures for social,
economic and basic survival needs [2]. Therefore, there is
a need to explore and adapt structural technologies to
address the seismic risk outside of high seismic hazard
regions, in ways that are adapted to unique regional needs.
For example, the Government of Canada has cited heavy
timber as a significant economic and environmental
opportunity in Canada and the US [3]: therefore, existing
heavy timber structural technologies are an opportunity
for addressing seismic risk in low-to-moderate seismic
hazard regions of North America.
One particular heavy timber structural solution is the
controlled rocking heavy timber wall (CRHTW).
CRHTWs have recently been developed and constructed
1
2
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in New Zealand to resist some of the highest seismic loads
in the world while avoiding or controlling structural
damage e.g. [4]. Controlled rocking walls are designed to
partially uplift from the foundation in response to seismic
loads. The uplifting behaviour limits seismic forces by
reducing the structural stiffness while rocking; PT
elements control the rocking behaviour and return the
system to its original position; and supplemental energy
dissipation helps to control rocking displacements. Figure
1.1 presents a schematic of the concept: (a) depicts a
simplified wall in the static state; (b) an energy-dissipative
coupled wall, including coupling U-shaped flexural plates
and yielding elements at the base, in the rocking mode;
and (c) a simplified (non-dissipative) rocking variation.

FED

PT

FPT,L FPT,R
Wwall

Wwall

(a)

FPT, initial

(b) Fy el e.

FPT

CCLT

(c)

CCLT

Figure 1.1: CRHTW: (a) Static state; (b) Coupled, energy
dissipative; and (c) Simplified, without energy dissipation

In regions of low-to-moderate seismicity, several
CRHTW challenges may deter designers seeking a simple,
maintenance-free solution. One challenge is the
dimensional instability of timber: mechano-sorptive
effects (creep and environmental changes) significantly
affect the PT effectiveness and require periodic
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maintenance [4]. Another challenge is the potential for the
rocking toe to undergo plastic deformations during the
rocking response of the wall, and for energy dissipating
element behaviour to be affected by yielding connections
within the timber [5,6]. This problem is evident in the
energy dissipative schematic in Figure 1.1 (b), where
energy dissipative forces increase the rocking toe
compression. This schematic also hints at the additional
construction complexity of the dissipative system, as
anchors must be cast into the foundation and connected to
the wall with stiff connections or by internal grouting;
furthermore, multiple coupling connections must be
installed between each wall. These challenges are being
explored by engineers, and progress is being made to
quantify and address these problems, or simplify these
designs under high seismic loads [5–7]. However, an
alternative design is proposed and explored here for lowto-moderate seismic regions, in which PT stresses are
minimized and energy dissipation elements are eliminated.
Given these modifications, it may be possible to mitigate
long-term deformations, PT relaxation, and connection
damage in the timber panels, allowing CRHTWs to be
more attractive as a structural alternative in regions of
low-to-moderate seismicity.
Aside from the study of demands imposed by PT and
energy dissipation elements, research in the field of
CRHTWs has focused on Laminated Veneer Lumber
(LVL) as a common product of New Zealand’s timber
industry [8,9]. Whereas LVL is common in New Zealand,
Cross-Laminated Timber (CLT) panels are more common
in North America and Europe [10,11]. Table 1
summarizes some differences that are significant for the
design of a CRHTW because the strength and stiffness are
related to assumptions that are typically made when
assessing the rocking toe response, the neutral axis
development with uplift, and long term behaviour of the
PT elements [8]. Although New Zealand researchers have
suggested that the same design principles for LVL could
apply to other timber products, existing models and testing
have focussed on LVL [8,12].
Table 1: Comparing CLT vs. LVL design/modelling inputs &
performance phenomena

Value 2
Difference
from LVL 1 (gross section)
Comp. Strength, fc
▼ 60-70%
13 MPa
Elastic Modulus, E
▼ 40-50%
7,900 MPa
Bending Strength, fb,eff
▼ 50-60%
19 MPa
Shear Modulus, G
▼ 20-25%%
520 MPa
Phenomenon
Compared to LVL
Toe Crushing
▼ fc  ▲ Likelihood
Mechano-sorptive
▲Dimensional ▼ Impact on
Effects
stability  performance
1
Relative to LVL models [8,10,11]
2
Property values approximated for 9-layer CLT panel
[10]. Values depend on panel lay-up and whether
considering gross cross-section or effective layers only.
Property Parameter

This research seeks to develop a better understanding of
CRHTWs constructed of CLT, especially considering a
simplified design without energy dissipation for low-tomoderate seismic regions. An analysis process and force-

based design method are presented. Both focus on the
base connection mechanics of CLT, minimizing PT
forces, and eliminating energy dissipation elements. A
prototype six-storey building is designed, considering the
seismic hazard of Ottawa, Canada. Finally, a numerical
model is developed in OpenSees, and dynamic analysis
results are explored.

2 BASE MOMENT-ROTATION
BEHAVIOUR
2.1 BACKGROUND
In seismic design of controlled rocking structures, inertial
forces at each floor impose bending, shear, and rigid body
motion on CRHTWs as shown in Figure 2.1. These effects
are countered by PT tendons returning the wall to its
original position, and energy dissipation elements (omitted
in this paper; see Figure 1.1 (b)). The combination of these
global components has a local effect on the wall base
connection. This connection experiences both uplift and
compression at the foundation, as seen in Figure 2.2 (a).
The uplifted portion elongates the PT tendons, while the
compression interface is influenced by the PT force and
wall weight: mechanics of this connection are analysed in
Section 2.2. The base mechanics are related to the global
response by the base connection rotation, θcon, which is
also the rigid body rotation in Figure 2.1. After analysing
the base connection mechanics, the global system
response is determined by considering the wall as a
cantilever beam to determine flexure and shear responses.

θf
+

θs
+

θcon
=

θroof

Figure 2.1: CRHTW flexure, shear, and rigid body rotation

For this paper, analysis of the base connection mechanics
relies on the Winkler Spring Analogy (WSA). The WSA
was adapted to CRHTW as an alternative to the
Monolithic Beam Analogy (MBA) that was first
developed for controlled rocking precast concrete walls
[8,13]. The WSA represents the base connection as an
interface with axial stiffness, K=EtimberA/Leff. The interface
is either continuous (forces are integrated, as in Section
2.2) or a finite set of springs with area, A (as in the
numeric model, Section 4). Leff is defined by an empirical
relationship proposed by Newcombe through finite
element analysis of stress development in rocking timber
panels, and calibration to experimental data [5,8], as
discussed in the following section. With a tall CRHTW
and a relatively soft timber material at the base, the WSA
is expected to provide more accurate estimates than the
MBA [5].
Both Newcombe [8] and Sarti [7] have previously
described a similar base connection mechanics analysis
process to what is presented in Section 2.2, including
considerations for supplemental energy dissipation.
However, Sarti relied on the MBA, whereas Newcombe
applied the WSA and has since updated the WSA theory
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to emphasize its importance in evaluating damage, and for
tall structures [5]. The analysis process presented here is a
combination and modification of the elements presented in
these previous works, considering CRHTWs composed of
CLT, and without supplemental energy dissipation.

observations of damaged LVL rocking toes [5], and the
softer and weaker material properties of CLT, support the
assumption of yielding in CLT. This potential for yielding
is a significant motivator for selecting the WSA to analyse
the CLT base connection mechanics.

2.2 CRHTW ANALYSIS PROCESS

Step 4: Determine PT forces due to θcon
An initial PT force is determined from the wall design
stages (outlined in Section 4); however, this initial PT
force is modified by the rocking motion, as shown in
Figure 2.3. The change in vertical length of each PT
element can be determined by considering the geometry of
Figure 2.3: ΔyPT,i=θcon∙(dPT,i-c). Horizontally, rigid body
rotation is the primary lateral contribution, so the
horizontal change in length is defined by ΔxPT=θcon∙(hwall).
Finally, it was determined from numerical modelling and
analysis of the base connection response that subtracting
the initial relaxation deformation from the final PT length
term improved the agreement between the PT force in the
numerical model and the force from manual analysis [14].
The initial CLT relaxation term (ΔCLT,relax) is
TPT,init∙hwall/ECLTA, where A is the gross wall cross-section,
hwall is the total wall height, and TPT,init is the initial PT
force determined in design, Section 3.2 [14]. These
change in length terms are combined in Equation (4).

Step 1: Identify a base connection rotation, θcon
θcon is also the rigid body rotation. At the base connection,
θcon is visualized as the angle of the compression
distribution, as per Figure 2.2.
Step 2: Assume neutral axis depth (c); determine Winkler
Spring length (Leff) as per WSA.
Equation (1) is applied to determine Leff for the subsequent
analysis process, where Ww is the wall width [5]. Leff is
also an important numerical model parameter (see Section
4): manual analysis can iterate Leff, but the WSA applied in
the numerical model relies on a constant Leff term, as it can
be computationally challenging to modify Leff as c
changes. Leff for the numerical model is that when the
system is at a peak allowable degree of rotation (typically
2-2.5% roof drift).

+y
θcon

c
(a)

CCLT (b)

c

cyield
εy,σy
*
εCLT,max*

ycent

Figure 2.2: (a) Identifying the rocking toe; (b) Visualizing the
rocking toe interface (stress and stain profiles overlaid)
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1

1

Step 3: Evaluate forces in the timber rocking toe interface
Considering the compressed (rocking) toe interface
(Figure 2.2), the strain profile is determined
(εCLT,max=θconc/Leff). Strain is translated into a stress profile
considering a bilinear material stress-strain relationship: σy
and cy are the yield stress and the corresponding depth
from the neutral axis to the timber yield point,
respectively. From the stress profile, the rocking toe
compression force (CCLT) and the compression toe
centroid (ycent) are determined by Equations (2) and (3).

2
3

,

,

2

2

Δ

Δ

2
3

Where twall = wall thickness; see Figure 2.2.
The strain profile analysis, and Equations (2) and (3), rely
on the WSA. In particular, Equations (2) and (3) assume
yielding in the rocking toe, although variations for nonyielding cases at low levels of rocking can be determined
from simple mechanics. Newcombe’s experimental

ΔL PT

,

Δ

,

2

Δ

2

4

θcon
dPT,i

c

Figure 2.3: Elongating PT due to base connection rocking

Step 5: Check force equilibrium at connection interface
Rocking toe compression, post-tensioning, and wall selfweight (FSW) are combined, checking for equilibrium at
the base connection interface; if not achieved, the analysis
is reconsidered with a new assumption of c (Step 2).
Step 6: Calculate connection moment and base shear
The base connection moment is determined from the
components shown in Figure 2.4. A particularly important
term not presented previously is the contribution of the
horizontal component of PT forces at the roof: in a tall
timber wall, at peak rocking drift, this contribution can
become large, even when PT forces are minimized [14].
The base shear is determined from the resulting base
connection moment by dividing the moment by the
effective height of the structure (Heff =∑(mihi2)/∑(mihi)
where mi is the mass, and hi is the height of storey i).
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hwall

PTT2
PTT1

process omits supplemental energy dissipation, and spaces
PT elements widely about the centreline of the wall to
minimize stress concentrations (see Figure 1.1(c)), with
the goal of reducing the design forces on the system to
mitigate long-term effects due to PT forces [16].

PT#,X

Fsww

PT#

PT#,Y

CCLT

Mcon

3.1 PROTOYPE STRUCTURE
The prototype structure is a six-storey, 54 m square
building: the maximum allowable footprint for a six storey
building in Ontario [17]. Each storey is 3.3 m tall, for a
total height of 19.8 m. Floor weights and load
combinations are summarized in Table 2.

Figure 2.4: Base connection moment contributions

Table 2: Prototype storey weights

Step 7: Calculate total roof drift (bending, shear, rocking)
Flexure and shear drift components (θf, θs) are determined
from the base connection forces, and added to the rigid
body rotation (θcon) to determine the total roof drift [7]. To
simplify this calculation, Sarti derived a simplified
formula for a multi-storey CRHTW, assuming primarily
rigid body motion [7]. In Sarti’s derivation, the bending
and shear displacements, δb and δs, are determined from
the base connection moment (Mcon), and added to find
the total elastic drift as θ f + θ s = θel = (δb+ δs)/ hw, where
hw is the wall height. However, an additional term is
proposed here: as PT elements are offset from the
centreline of the wall, where dcent is the offset distance, the
imbalance between the most- and least-extended PT
elements induces a moment at the roof (MPT). Bending
due to MPT reduces the total drift, so it is subtracted as a
roof drift contribution (θPT,roof) in Equation (5). The
phenomenon is presented in Figure 2.5.

Floor Pressure
Roof Pressure
Dead Load1 Snow Load1
Dead Load1 Snow Load 2
3 kPa
2.3 kPa
2.4 kPa
Total Seismic Storey Weight (Dead+0.25×Snow) 2
1st – 5th Storey (per storey)
6th Storey (Roof)
8810 kN
8490 kN
1
CLT building Life Cycle Assessment [18]
2
Based on Canadian Building Code [19]

,

Where

M

,

and

PT1

(a)

5

2
,

is defined in [7]

PT2

PT1

PT2
+

Mcon

(b)

Mcon (c) Mcon

MPT

Figure 2.5: Additional flexural component due to PT imbalance
(a) and (b): visualization; (c) resulting moment diagrams

3 DESIGN EXAMPLE
Presented herein is the force-based design of a controlled
rocking CLT wall for a six-storey prototype building,
subjected to the seismic hazard of Ottawa, Canada,
resulting in a CRHTW layout and configuration. The
system is designed and analysed with Canadian CLT
properties. The design process references a similar process
by Wiebe [15], with some insight on force-based design
parameters for CRHTW from Sarti [7]. However, this

3.2 DESIGN PROCESS
Step 1: Estimate natural period (Tn) of the structure
A Tn estimate is required for the initial design iteration,
and further research is needed to develop guidance on this
matter; however, the Rayleigh method can be applied after
an initial design iteration to check the Tn estimate. If an
unmodified Rayleigh method is applied, this implies that a
fixed base is assumed. In contrast, previous research has
recommended the yield-secant stiffness for design [7]; the
yield-secant stiffness reflects a system with some
flexibility in the base, and base flexibility is reflected in
the numerical model by the technique applied to model the
base connection. In Sarti’s research, modelling the base
connection with the Monolithic Beam Analogy (MBA)
led to a Rayleigh-estimate multiplier of 1.4 to account for
the base flexibility [7]. Alternatively, with the WSA
approach, the yield-secant stiffness is closer to the
Rayleigh result because the Winkler springs are generally
stiffer than those in the MBA [5]. Therefore, after an
initial design iteration resulting in preliminary CRHTW
parameters and storey masses, the Rayleigh-estimated Tn
results in a closer match to that of the numerical model.
This should be considered when re-evaluating the design
Tn with the Rayleigh method after an initial design. For
the prototype model, an initial design Tn estimate of 1.80
seconds is used.
Step 2: Specify force reduction factor for design
Modern building codes do not suggest CRHTW force
reduction factors (herein referred to as RdRo, following
Canadian notation). Instead, recent studies on controlled
rocking SDOF models are referred to for insight on the
behaviour of controlled rocking systems with various
parameters, including varying contributions of energy
dissipation [20]. This research has proposed empirical
formulas for the displacement correction factor (CR) which
relates the peak displacement of a rocking system to that
of a linear elastic system with the same initial period, as
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depicted in Figure 3.1. For the prototype system, an RdRo
of 8.0 is selected, resulting in a CR of 2.04 [20].
Step 3: Calculate seismic and wind demands
Seismic and wind demands must be evaluated, especially
for mid-rise buildings in low-to-moderate seismic hazard
regions where wind loads may govern. For the prototype,
a simplified wind load analysis was conducted. Given
RdRo = 8.0, seismic base shear (Vb) demand is lower than
that from wind by approximately 20%. However, seismic
overturning moment (OTM = 6000 kN∙m) governs the
base connection design due to the vertical distribution of
seismic load; in contrast, wind OTM is only 5050 kN∙m.

Δy

Δinel=ΔyRdRoCR

=F
RdRo y

Fstorey i

(a)

Fel

Fel

Vb
MOTM

Vb
MOTM (b)

Δy Δel Δinel

Figure 3.1: CRHTW (a) displacements and (b) hysteresis

Step 4: Specify a CRHTW configuration
A number of CRHTWs are required to resist the OTM
demand, in an arrangement that evenly distributes seismic
mass to each CRHTW. The quantity of walls can be
determined by choosing an initial PT force (TPT,init) and
approximating the OTM resistance of one wall. TPT,init
should be selected to minimize long term timber damage,
and to avoid PT yielding [4,9]. Relative to New Zealand
designs that have specified TPT,init more than 800 kN, the
prototype design presented here has a reduced initial PT
force of 200 kN; this requires twenty-four walls (2.5 m
wide) in each direction. With twenty-four walls, a more
open floor plan is possible relative to traditional timber
construction, which requires long lines of shear walls to
resist base shear [4].

9 @ 6000mm

9 @ 6000mm

Panels are manufactured at a maximum standard width of
2.44 m, practical for shipping and beneficial for spacing
PT elements further apart to avoid stress concentrations
(see Figure 1.1). For this reason, the 314-9L CLT panel
and 26 mm DYWIDAG bar are selected for the prototype
design. One 26 mm PT element is located 600 mm from
each side of the wall, to minimize the concentrated PT
stress under the anchorage.
Step 6: Determine initial PT required for seismic demand
Simplified base connection mechanics (compared to
Section 2.2) are applied in the CRHTW design stage: the
base connection is expected to remain elastic before
rocking, the cumulative PT force is assumed to be
approximately equal to the initial state, and the neutral
axis location at the point of rocking (Fy in Figure 3.1 (b))
is considered to be consistent [7]. For the widely-spaced
PT elements located approximately at one- and threequarters of the Ww, c was assumed to be equal to the
distance from the wall edge to the PT (dPT) for design (see
Figure 3.3). Therefore, given the system configuration,
and taking the PT forces equal to TPT,init, the required PT
force to resist the OTM demand is determined by
Equation (6). For the prototype model, TPT,init is 83.5 kN.
2
2
3

,

3

6

Fself wt

OTM
θcon
TPT,init

c=dPT1
TPT,init

CCLT

Figure 3.3: Base connection moment at uplift, for design

Step 7: Check the inelastic deflection
The inelastic deflection of the wall due to design forces is
determined by calculating the bending and shear
deflection, as in the Analysis Procedure, Step 7. This
deflection corresponds with Δy in Figure 3.1, and is
multiplied by CRRdRo to estimate the total inelastic
deflection in rocking (Δinel). For the prototype model, Δinel
is 165 mm (0.83% roof drift).

4 NUMERICAL MODEL
Figure 3.2: Sample layout with twenty-four walls

Step 5: Select CRHTW dimensions and PT elements
CLT panels and PT bars are selected based on availability
from manufacturers. However, some CLT panel
configurations have inherent benefits: for example, the
315 mm thick lay-up (314-9L) from Canada’s Nordic
Structures has double longitudinal layers on the outside
faces of the panel [10], increasing longitudinal
compression properties and improving long-term
performance. The central layer of a 314-9L is also thick
enough to include a 26 mm diameter PT element [10,21].

A numerical model is constructed in OpenSees [22],
relying on the Winkler Spring Analogy (WSA) from the
analysis stages (Section 2.2) to capture stresses at the
rocking toe of the timber wall (Figure 4.1). The primary
wall elements are represented by elastic Timoshenko
beam elements, capturing both shear and bending
deformations. PT elements are represented by corotational
truss elements. The Steel02 material model captures the
PT element’s stress-strain relationship, and can be
calibrated to account for timber strains at the anchorage
(see Section 4.1). The material model also allows for an
initial PT stress, calibrated to reach the desired initial PT
force after the initial wall shortening when the model is
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EPPgap Approx.

ECLT
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Figure 4.1: (a) OpenSees numerical model; (b) Base
connection (Winkler Springs), including the material model

4.1 MODEL VERIFICATION
To validate the numerical model, the analysis process
(Section 2.2) was applied to a CRHTW that was
experimentally studied by Sarti [23]. This model reflects a
four-meter-high wall, 1.57 m wide and 190 mm thick,
composed of LVL. The wall has two PT elements, with a
total 200 kN of initial PT load, and both elements are
located 150 mm about the centreline of the wall. The wall
was tested quasi-statically, assuming an inverted
triangular load distribution over two stories. Figure 4.2
shows that the modelling process somewhat overestimated

-2

Connection Moment, Mcon [kN.m]

(a)

the stiffness and rocking load that were observed during
testing. Therefore, a second model was calibrated as a
lower bound to the experimental results by considering
physical effects (i.e. pre-damaged rocking toe, timber
crushing under PT anchorage) and potential material
property variations (±40% in bending and shear moduli,
and compression strength). The resulting lower bound
model is also presented in Figure 4.2, and the modifiers
are summarized in Table 3. In Figure 4.2, the lower-bound
numerical model’s initial stiffness reflects that of Sarti’s
experimental test [7]. However, the post-uplift stiffness
and rocking load only match the experimental results in
one direction of motion; in the other direction, the lowerbound numerical model underestimates the experimental
results.
The calibration process confirmed the WSA as a valid
modelling technique for the base connection: the WSA
was capable of bounding the experimental results using
practical modifiers of the numerical model properties. It is
likely that these modifiers can be predicted or eliminated
through material research and careful design decisions to
reduce timber damage and performance variability. For
the study of the prototype numerical model, the modifiers
and resulting material properties (in Table 3), are applied
to a second CLT prototype model. This second model is a
parallel numerical study to the standard six storey model
designed for Ottawa: the standard and modified (lowerbound) models bound the expected wall behaviour.
Base Shear [kN]
-300 -200 -100 0 100 200 300

initiated. Rigid elements are modelled at the top and
bottom of the CRHTW using elastic beam-column
elements. These elements connect the wall centreline with
the top of the PT elements, and also the Winkler Springs
at the base.
The Winkler springs, representing finite elements of the
base connection, are defined by zero-length elements with
an elastic perfectly plastic gap material (Figure 4.1 (b)).
This material does not have any stiffness in tension; it has
an initial compression modulus reflecting the timber
material and a yield stress reflecting the CLT crushing
stress. The effective length (Equation (1)) is determined
considering the neutral axis at 2% drift.
A leaning column represents the gravity system that is
associated with the CRHTW, allowing for P-Delta effects
to be captured in the model.
A tangent-stiffness Rayleigh damping model is applied to
the numerical model, with a damping ratio of 5% for the
first and third modes.

+
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400
200
0

-200

-400

+
-1

0
1
Drift [%]

Sarti’s Experimental

2

-600
-800
-0.02 -0.01
0 0.01 0.02
Base Connection Rot. [rad]

Kovacs’ Model

Lower-bound Model

Figure 4.2: Comparison between experimental data [7] and
numerical models
Table 3: Lower-bound numerical model modifications

Property (Original) Modifier
Resulting Property
Ebending (7,900 MPa) ▼ 30% 5,530 MPa (wall elements)
Ecomp (7,900 MPa)
100%  Springs reduced within
(in Winkler Springs) ▼40 %
20 cm of rocking edges
TPT,init (83.5 kN)
▼ 25%
62.6 kN/PT element
GCLT (520 MPa)
▼ 36%
350 MPa
PT material modified to account for timber yielding
4.2 DYNAMIC ANALYSES
The prototype CRHTW numerical models are subjected to
twelve simulated ground motions (GM’s), including three
each from both near- (10-25 km) and far-field (15-100
km) records for eastern Canada M6.0 and M7.0 events
[24]. The GM’s are scaled to the Ottawa uniform hazard
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response spectrum [19] over the range of 0.2Tn-2Tn [25],
where Tn is the natural period of the standard model (1.80
seconds). The scaled ground motions are presented in
Figure 4.3 as displacement spectra. From Figure 4.3, it is
clear that Eastern Canadian M7.0 events are more
significant at longer periods, while M6.0 events tend to be
significant at periods shorter than 0.75 seconds; the former
is relevant for the first-mode response of the CRHTW,
while the latter is more likely to result in significant higher
mode effects (discussed in Section 5).
Mean, GM6. near
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5 PROTOTYPE MODEL RESULTS

300

The displacement responses of the standard and lowerbound models representing the prototype design for
Ottawa, are compared in Figure 5.1 (a). One
representative time-history record is considered from each
of the four GM sets. Generally, the standard and lowerbound models behave similarly: both models are initially
excited to a peak displacement, then dominated by the
long-period rocking motion. Neither model experiences
significant interaction with the ground accelerations once
excited. However, the models have different dominant
frequencies of vibration, which is especially evident in the
free vibration stage. For example, the lower-bound model,
subjected to the near-field GM6 record, has large higher
mode (high frequency) vibrations; the standard model
does not. The reverse is true for the far-field GM6 record.
Figure 5.1 (b) shows the standard and lower-bound
models during the same four GM records as in Figure
5.1 (a) with the base connection behaviour. In Figure
5.1 (b), the standard model results confirm the design
rocking moment of 250 kN∙m (6000 kN∙m divided by
twenty-four walls). However, the lower-bound model’s
rocking moment and post-uplift base connection moment,
are approximately 35% lower, due to the modifications
applied in Section 4.1. This is a wide range that should be
accounted for in the CRHTW design process. As

Base Connection Moment (kN.m)

Figure 4.3: Scaled displacement response spectra, including
mean of each set. Four GM sets, three GM’s each
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Roof Displacement (% of height)
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suggested previously, it is likely that the range of potential
behaviour could be narrowed by further research and
careful design.
Given the similar displacement behaviour of the records
from the standard and lower-bound models, subsequent
discussion focuses on the behaviour of the standard model
for all twelve GM records, although the median responses
from both models are shown.
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Figure 5.1: Comparing standard and lower-bound model
performance with four GM records of (a) roof drift timehistories and (b) base connection moment-rotation hysteresis
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Figure 5.2: Maximum storey displacements in prototype

To investigate the higher modes that seemed to be evident
in Figure 5.2, interstorey drifts are presented in Figure 5.3.
In this figure, the peak interstorey drift response is not
uniform over the wall height for each GM record,
especially in the M6 responses, supporting the suggestion
that higher modes affect the displacements of the
controlled rocking wall. This finding is consistent with
previous CRHTW studies of similarly tall walls [7,8].
Nonetheless, the median responses of the standard and
reduced models are still much less than the 2.5% drift
limit in the Canadian building code [19].
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Figure 5.3: Maximum interstorey drifts in prototype NLTHA

The residual drift in all cases is negligible (less than
0.01% drift over the height of the structure) and therefore
is not shown. The extent of damage in the rocking toe is
also limited, as seen in the outermost base fibre hysteresis
(Figure 5.4). In the standard model case, only three M7
records, which are also the records corresponding to the
largest roof displacements, resulted in plastic strain
demands in the rocking toe. As expected, the largest roof
displacements correspond with the largest rocking toe
strain, considering that the rigid body rotation (θcon) is also
the base connection curvature. The peak strain observed in
the outermost rocking toe fibre was only 35% larger than
the yield strain: Newcombe’s effective Winkler spring
length relationship (Equation (1)) assumes that the rocking
toe damage does not exceed twice the yield strain [8], so
the peak strain measurement confirms the applicability of
this relationship. Finally, in the lower-bound model, the
rocking toe is softened from the beginning; therefore, the
response is less stiff and no further damage is observed, as
shown in Figure 5.4 (b).
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Storey

Peak storey displacements are shown in Figure 5.2,
compared with the inelastic displacement (∆inel) estimate
from design (Section 3, Step 7). Figure 5.2 shows that the
median peak roof displacements for both the standard and
reduced models (0.63% and 0.64% of the wall height,
respectively) are less than the peak ∆inel estimated in
design (0.83%). The overestimation of the median results
during design is likely because the design equation was
calibrated for ground motions for California, which are
relatively low-frequency compared to Eastern North
America ground motions [20]. In fact, this influence of
ground motion frequency content is seen in the
comparison between Eastern Canada M6 and M7 events:
M7 events, which were identified as relatively lower
frequency ground motions (see Section 4.2) drove the
displacement response of the system further than the M6
events. Furthermore, some non-linearity is visible above
the mid-height in the M6 events. This non-linearity is
suggestive of higher mode response, which is expected
because of the higher frequency content of the M6 events.

-10
Left Toe
Right Toe
-15
Figure 5.4: Outermost rocking toe fibre hysteresis for (a)
standard model, and (b) lower-bound (reduced) model
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6 CONCLUSIONS
A controlled rocking heavy timber wall (CRHTW) design
and analysis was presented for a mid-rise CLT structure in
a region of low-to-moderate seismic hazard in Canada.
The CRHTW was simplified by omitting supplemental
energy dissipation elements and by spacing two posttensioning (PT) elements to mitigate the stress
concentrations that can result in long-term creep near the
anchorages. Furthermore, a relatively large force reduction
factor of RdRo=8 was used for design, minimizing the
design forces imposed on the base connection. The
resulting CRHTW design was modelled using two sets of
properties: one considering manufacturer-specified CLT
strengths and specified PT forces, and the other a lowerbound model with material strength reductions to account
for minor PT losses, timber variability, and damage. The
models were subjected to non-linear time-history analyses
(NLTHA) using Eastern Canada ground motions scaled to
the Ottawa, Canada uniform hazard spectrum (UHS),
representing a 2% chance of exceedance in 50 years.
The standard and lower-bound models were compared
with respect to roof displacement time-histories and base
connection moment-rotation hysteresis, considering a
subset of the ground motions. The two models show
generally similar behaviour: the rocking acts like a kind of
isolation, making the walls behave almost independently
of the ground input after rocking initiates. However, both
models exhibit higher frequency vibrations, and the lowerbound model has a significantly lower rocking load.
Median peak roof displacements of 0.63% and 0.64% of
the wall height, for the standard and lower-bound model
respectively, are significantly below the building code
limit of 2.5% for normal-importance buildings. These
results are also less than the inelastic displacement
estimate of 0.83% based on previous studies [20], due to
the lack of low-frequency content in Eastern North
American ground motions [20]. Comparing the standard
and lower-bound models, very little difference is observed
in the median displacement responses, although the lowerbound model has a slightly higher displacement and
interstorey drift response. Furthermore, both models
exhibit higher mode behaviour, as seen by non-uniform
interstorey drifts during most records.
Finally, the system’s residual drifts were negligible and
the base connection developed only small plastic strains.
The effective Winkler spring length relationship should be
investigated further for CLT panels, but the current
performance is promising for CRHTW design and
analysis according to the WSA.
The modelled performance of the CLT CRHTW supports
the development of simplified designs in low-to-moderate
seismic hazard regions. Nonetheless, bending and shear
capacity and demand on the CRHTW must be
investigated further, as the higher mode effects observed
in the displacement responses will also cause increased
force demands on the wall [7,8]. In previous studies, the
wall strength was shown to be highly conservative [7,8];
and preliminary studies show that this particular prototype
design, in CLT, is also conservative with respect to
bending and shear strength capacity.

The prototype model demonstrated excellent performance,
but additional research is needed to demonstrate that the
simplified CRHTW has an acceptably low probability of
collapse, considering a variety of structural archetypes,
before general conclusions can be made for the system in
regions of low-to-moderate hazard. Future research will
also focus on quantifying the higher mode effects in the
simplified CLT CRHTW, especially with simplified
methods, to improve the evaluation of these demands.
Finally, CLT material studies are needed to reduce the
uncertainty in the timber properties associated with the
CRHTW design.
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SIMPLIFIED ANALYTICAL MODELS FOR COUPLED CLT WALLS
Antonio Sandoli1, Daniel Moroder2, Stefano Pampanin3, Bruno Calderoni4

ABSTRACT: The use of coupled CLT walls in the field of timber building is strongly increasing, thanks especially
their easiness of construction and transportation. In this paper, for a single wall made of two coupled panels, an
equivalent frame model for the corresponding analysis is proposed, based on both a simplified and more detailed
procedure. The equivalent frame for a single wall consists of a beam cantilever element, with a specific flexural and
shear stiffness, that takes into account the influence of the mechanical connections by means of a rotational elastic
spring placed at the base of the frame.
The proposed simplified method, according to the hypotheses commonly adopted in literature, assumes that the panels
show infinite compression stiffness at the base-section, but in addition takes into account the reduction of stiffness due
to the coupling behaviour. Conversely, the detailed method considers also the effect of the compression deformability at
the base of the panels. The analytical results of the equivalent frame, compared with the ones given by a FEM model
based on shell elements, show good agreement.
KEYWORDS: Coupled CLT walls, mechanical modelling, equivalent frame model.

1 INTRODUCTION 123
The number of buildings made of Cross Laminated
Timber (CLT) panels is strongly increasing, making this
structural technology one of the most relevant in the
field of timber construction worldwide.
Due to the large size of the buildings or the transport
limitations, walls in these buildings often consist of
coupled CLT panels, connected one each other by means
of vertical screwed or nailed joints.
The kinematic behaviour of both coupled and uncoupled
CLT walls under horizontal loads is strongly dependent
on the stiffness of mechanical connections. In fact, due
to the high in-plane stiffness of the timber panels, the
most of the deformation induced by lateral loads is
concentrated in the connection zones: anchoring base
connections (hold-downs and angle brackets) and
vertical joints.
As already highlighted by some authors [1,2] the total
top displacement (Δtop) of single wall is given by four
different components: rocking (ΔR), sliding (ΔS), shear
(Δsh) and bending (Δb). Moreover, in the case of coupled
walls the rocking component depends not only on the
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anchoring connections, but also on the coupling vertical
joints.
Experimental cyclic tests carried out by some authors [1]
on full-scale coupled and uncoupled CLT walls have
highlighted that the total lateral deformation of walls
(when engaged in the plastic field) is mainly due to
rocking and sliding components, while the in-plane
elastic deformation (due to shear and bending) of the
panels is almost negligible, with an influence on the total
deformation less than 3%. Furthermore, in the coupled
walls the number of fasteners in the vertical coupling
joint and the corresponding shear stiffness of the
connection, together with the stiffness of the base
connection, play an important role on both the rocking
and the elasto-plastic behaviour.
Anyway, according to [1] is possible to recognize three
different types of behaviour for the adjacent walls:
- single wall, when the panel behaves as a monolithic
wall, with infinitely rigid vertical connection;
- coupled wall, when a relative sliding occurs between
the adjacent panels and two pivot points exist, each fixed
at the bottom edge of each panel (Figure 1);
- single-coupled wall, when a reduced relative sliding
occurs between the adjacent panels and only one pivot
point exist, fixed at the bottom edge of one panel.
In this paper, the case of the coupled walls has been
analysed more in detail. Their behaviour can be
considered analogous to the ones of r.c. or masonry
walls with openings when loaded by horizontal actions
[3]. In fact, the r.c. beams or the masonry spandrels give
rise to a more or less significant coupling effect,
depending on their bending and shear stiffness, which
produces variation of internal axial forces (ΔN) in the
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adjacent piers, as well as interaction axial force (Nint) and
bending moment (Mint) at the interface between spandrel
(or beam) and pier. In the case of coupled CLT walls the
vertical coupling joints play the same role of the beams
or the spandrels, producing analogous variations of axial
forces (ΔN) and additional interaction forces (Nint and
Mint) in the two adjacent panels. (Figure 1).

Figure 1: Coupled CLT wall: external loads and internal
interaction forces

At now, for coupled CLT walls, only limited practical
modelling approaches to predict their behaviour under
horizontal loads are available in literature, so that
guidance for the structural analysis of CLT walls under
clear assumptions is still necessary.
Some authors [1, 4] have already proposed simplified
analytical procedures for coupled walls. These methods
are based on two fundamental hypotheses: (a) the panels
are considered as rigid bodies, (b) the rocking of these
panels occurs around an idealized point at their edge
(pivot point), which corresponds to consider an infinite
compression stiffness of the timber at the base (Fig.2).

results are finally compared with a more sophisticated
finite element model based on shell elements, developed
in SAP2000, with parameters as defined in [5].

2 MODEL DESCRIPTIONS
The majority of national and international codes suggest
the equivalent frame model as reference scheme for
carrying out linear and non-linear analyses in the case of
masonry and r.c. walls. This approach can be extended to
coupled CLT walls, when the influence of anchoring
base connections and vertical coupling joint are
considered.
The proposed equivalent frame consists of a single
cantilever beam element, placed in the centre line of the
coupled wall, with specifically assigned flexural and
shear stiffness (Figure 3). The elastic stiffness of the
connections at the base (hold-downs, angle brackets and
compressed timber, if considered) and the coupling
effect related to the rocking motion of the panels is
concentrated in an elastic rotational spring placed at the
bottom of the frame. Contrary to models typically
proposed in literature, the coupling effect related to the
elastic flexural behaviour of the panels has been
considered as well. This effect can be substantial for
slender panels and has been accounted for in the
effective bending stiffness of the beam element. This
latter parameter (named in the following as EIeff) can be
evaluated according to the γ-method, commonly used for
composite beam [5], which takes into account the
stiffness of the connection too.
Whereas in the simplified method the panels are
assumed to rotate around the panel edges, in the detailed
model the neutral axis depth (i.e. the pivot point) is
evaluated by taking into account the compression
stiffness at the base interface, so moving leftward.

Figure 2: Simplified rigid behaviour of coupled wall

These simplifications often lead to results not at all
accurate.
For this reason, in this paper, an equivalent frame model
for the analysis of coupled CLT walls is proposed, based
on both a simplified and a more detailed procedure,
respectively. The simplified method is based on the same
hypotheses as found in literature, but in addition also
takes into account the elastic flexural stiffness behaviour
of the coupled system, which is reduced by the coupling
effect. The detailed method considers also the effect of
the compression stiffness at the base of the panels, which
increases the rigid rotation of the panels. The analytical

Figure 3: Equivalent frame model (cantilever beam) - Mst
represents the effect of vertical loads

2.1 SIMPLIFIED METHOD
As already noted, the simplified method is based on the
hypothesis that the panels behave as rigid bodies. The
rocking motion occurs for each panel around a pivot
point placed conventionally at the edge of the panel
itself, which is equivalent to assume an infinite
compression stiffness of timber. The advantage of these
hypotheses involves that the rotational stiffness of the
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elastic spring, placed at the base of the equivalent frame,
assumes a constant value not dependent on the variations
of axial load in the panels.
The value of the rotational elastic stiffness is obtained by
applying the Principle of Virtual Work (PVW) for rigid
bodies, considering the external loads acting on the wall
and an assigned rigid deformed shape.
More in detail, the free body diagram (Figure 4) consists
of the resultants of external applied loads (gravity loads
and horizontal forces) and of the internal actions in the
connection system: the hold-down tensile forces (Vi), the
compressive forces at the base (Ri) and the mutual shear
action due to the coupling effect of the vertical joint
(ΔN). Note that, being the pivot points placed at the edge
of each rigid panel, the base rotation is the same for both
panels. Then the other interaction forces (Nint and Mint)
are not involved in the global equilibrium equation.

where n is the number of fasteners in the vertical joint,
kser the shearing stiffness of a single fastener (f.i.
evaluated according to EC5), h/2 the width of each
panel and Ks the shearing stiffness of the whole
connection.
By substituting V1, V2 and ΔN, given by (2), (3) and (4),
in the equation (1) of PVW, the rigid rotation of the
panels (ϕ) is:
φ=

F H - qh2 4
k2 y22 + k1 y21 + Ks h2 4

Consequently, the top displacement and the rotational
stiffness are as follows:
δ=φH=

F H - qh2 4 H
k2 y22 + k1 y21 + Ks h2 4

kφ = k2 y22 + k1 y21 + Ks h2 4

Figure 4: Simplified method: free body diagram and rigid
deformed shape

As commonly assumed, the tensile forces due to rocking
are resisted only by the hold-downs, while the vertical
shear forces between the two panels are faced by the
fasteners of the vertical joint. The horizontal sliding of
the panels has been considered avoided by means of
adequate angle brackets, or other devices, which do not
contribute to face the rocking motion, while the holddowns are supposed without any horizontal shear
stiffness [1,6,7].
The application of PVW gives the following equilibrium
condition:
-

h
qh φh qh φh
-V2 φy2 -V1 φy1 -∆Nφ +FHφ = 0 (1)
2 4
2 4
2

V2 and V1 (the internal forces in the hold-downs) are
given by:
(2)
V2 = k2 u 2 = k2 φy2
(3)
V1 = k1 u1 = k1 φy1
where k1 and k2 are the axial stiffness of the hold-downs,
u is the axial displacement, y1 and y2 the distance of each
hold-down from the edge of each panel.
The variation of axial force (ΔN), due to the coupling
effect, can be expressed as follows:
h

h

2

2

∆N = n kser φ = Ks φ

(4)

(5)

(6)
(7)

It can be noted that equation (7) takes into account also
the coupling effect related to the rocking behaviour of
the panels (the term Ksh2/4). On the contrary, the elastic
deformation of the beam constituted by the two coupled
panels has not yet been considered. This latter effect is
taken into account by adopting the effective bending
stiffness (EIeff) of the frame element, evaluated, as
already said, by means of the γ-method.
This simplified procedure has been applied to the
schemes of coupled walls represented in the Figures 5
and 6, characterized by different aspect ratios, H/L=1.0
and H/L=0.5 respectively.
The CLT walls are made of timber with strength profile
corresponding to GL24h glued timber [5].
The panels thickness is 13.5 cm, while the length of each
panel is 1.25 m and 2.50 m, for H/L=1 and H/L=0.5
respectively. Vertical joint is made of 21 steel fasteners
(φ8/8.5 cm).
The shearing stiffness of the single fastener has been set
to (EC5):
kser = (ρk )1.5 d / 20 = 2.963 kN/mm

(8)

being ρk the characteristic density of timber (set to 380
kg/m3) and d the diameter of the fastener.
Then the shearing stiffness of the whole connection is:
Ks = 21 x Kser = 21 x 2963 = 62.223 kN/mm

(9)

The hold-downs (placed on both side of each panel) are
positioned at the distance from the edge (y1, y2) of
1.125 m in the case of H/L=1 and 2.375 m in the case of
H/L=0.5. They are supposed to be type WHT 540 (cross
section 3mm x 60mm).
As far as the stiffness of the hold-down is concerned, it
has to be noted that in the real cases the evaluation of
this parameter is not very simple, because the stiffness of
the whole connection depends on the interaction among
wood, fasteners and steel plates.
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On the contrary the axial stiffness of the hold-downs
strongly affects the rocking behaviour of the wall. For
these reasons in this paper this parameter has been set
equal to the axial stiffness experimentally evaluated (k =
4.59 kN/mm) for that specific hold-down connected to
the panel by 12 annual ringed nails 4x60 mm [2].

As far as vertical loads is concerned, for both the walls a
vertical load N = 96 kN for panel has been considered,
corresponding to an uniform stress equal to
σ = 0.568 MPa and σ = 0.284 MPa, for H/L = 1 and
H/L = 0.5 respectively. Only for the H/L = 0.5 wall a
higher vertical load N = 192 kN for panel has been
considered too, corresponding to σ = 0.568 MPa.
In Figures 7 (H/L=1) and 9 (H/L=0.5) the forcedisplacement curves of the equivalent frame model are
plotted for both the assumptions (i) (green line) and (ii)
(dashed line). Note that in the case of only rigid
behaviour (i.e. w/o considering the elastic stiffness EIeff),
the displacement is null until the horizontal force gives
rise a base moment greater than the Mst due to vertical
loads; then the behaviour is perfectly linear.
In the case of equivalent frame with EIeff, the curve is bilinear, where the knee indicates the overpassing of Mst.

Figure 5: The coupled wall with H/L=1

Figure 7: Simplified method - H/L=1: F-δ diagrams

Figure 6: The coupled wall with H/L=0.5

Consequently, the elastic rotational stiffness of the base
spring (eq. (7)) is:
H/L = 1: kφ = 120460 kNm
H/L = 0.5: kφ = 492456 kNm

(10)
(11)

The equivalent frame was analysed under the following
two assumptions:
- (i) rigid panels, neglecting their bending and shear
elastic stiffness (existing literature procedure). In this
case the top displacement has been obtained by simply
multiplying the base rigid rotation (eq. (5)) by the height
of the wall.
- (ii) panels with their effective bending and shear elastic
stiffness (EIeff) (new proposal of the authors), evaluated
according to the γ-method. In the analysed cases,
adopting the already reported kser of the fasteners, we
obtain the following values of EIeff:
H/L=1:
H/L=0.5:

EIeff = 4.54 x1014 kN/mm2
EIeff = 3.14 x1015 kN/mm2

(12)
(13)

a)
b)
Figure 8: FEM 2D model - H/L=1: a) shell model, b) deformed shape (in red effective compression zones, in blue tension
elements)

It is worth to notice that for obtaining the base rotation
the “stabilising moment” (Mst = qh2/4), due to the effect
of vertical loads, must be considered on the base-spring.
As expected, the stiffness of the wall is larger in the case
of rigid panels. This finding confirms that the
assumption (i), made by many authors, leads to a
significant over-estimation of the stiffness and appears to
be not correct at all, at least for the analysed aspect
ratios, the elastic deformation ranging within 30÷45% of
the total top displacement.
In order to evaluate the correctness of the new simplified
method proposed by authors, the same walls were
analysed by using FEM models, developed in SAP2000
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adopting 2D shell elements. In this models the CLT
“material” was schematized with a linear elastic
orthotropic material, having different elastic moduli in
the two orthogonal directions, evaluated taking into
account the effective number of layers of the boards in
each direction. In vertical direction the elastic modulus
(parallel-to-grains) E0 = 7333 MPa has been assigned to
timber.
The base restrains has been modelled by means of nonlinear elements (250 mm length), defined in such a way
to be equivalent to the real conditions, as explained in
[6], distinguishing hold-downs, angle brackets and
timber-to-foundation contacts. For simulating a
sufficiently rigid contact, the elastic modulus of concrete
(EC = 30000 MPa) has been assigned to these latter
elements.
In order to takes into account only the elastic rotational
stiffness of the coupled walls, the sliding motion at the
base of the panels has been inhibited.
The vertical joint fasteners have been modelled by
means of elastic linear springs, linked to the nodes of the
adjacent panels and characterized by only shearing
stiffness (kser).

Figure 9: Simplified method - H/L=0.5: F-δ diagrams

a)

b)

In Figures 8 and 10, for both the considered aspect
ratios, the SAP2000 shell model and the corresponding
deformed shape due to the horizontal force F=90 kN
(H/L=1) and F=270 kN (H/L=0.5) are shown. Note that
the colour counters indicate the vertical stresses in the
panel.
The force-displacement curves resulting by the FEM
models are also drawn (continuous black line) in Figures
7 and 9. These curves are slightly non-linear because of
the non-linear elements simulating the base connection.
It can be noted a good agreement between the proposed
equivalent frame under assumption (ii) and the shell
numerical model. On the contrary, when neglecting the
elastic deformation of the panels (assumption (i)), the
equivalent frame model leads to an overly stiffer
behaviour.
Note that the 2D shell model gives back the zero
compression point (neutral axis depth) at the base of the
panels only a little bit shifted from the edge of the panel
(about 0.05÷0.20 of h/2). Only for H/L = 0.5 and low
vertical loads, the panel behaves as single-coupled wall,
even if the equivalent frame gives again quite good
results. This finding confirms the acceptability of the
assumed position of the pivot point in the simplified
method, i.e. the assumption of infinite compression
stiffness in the case of ‘rigid’ base.
Considering that the stiffness of the vertical coupling
connection seems to play an important role on the
behaviour of coupled wall under horizontal actions, the
limit cases of full-rigid connection (full-coupled wall)
and of no-connection (un-coupled wall) were analysed
too, by means of two different shell models for both the
considered aspect-ratio.
The first model (full-coupled) is made of a single panel
having length equal to the coupled wall (Figures 11.a
and 12.a). The second one (un-coupled) is made of
separate panels, each loaded by half the horizontal force
(Figures 11.b and 12.b).
In Figures 13 and 14, for H/L = 1 and H/L = 0.5 (Low
vertical loads) respectively, the corresponding forcedisplacement curves are represented, in comparison with
the curve (green line) of the coupled wall already
analysed by means of shell model.
As expected, in both cases the curve of the coupled
system lies between the ones of the two limit cases,
being however closer to that of the full-coupled system,
so demonstrating the effectiveness of the coupling
connection.

c)

Figure 10: FEM 2D model - H/L=0.5: a) shell model, b) deformed shape - Low vertical load, c) deformed shape – High
vertical load (in red effective compression zones, in blue
tension elements)

a)
b)
Figure 11: FEM 2D model - H/L=1: a) full-coupled wall,
b) un-coupled wall
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a)
b)
Figure 12: FEM 2D model - H/L=0.5: a) full-coupled wall,
b) un-coupled wall

Figure 13: FEM 2D model - H/L=1: coupled wall vs fullcoupled and un-coupled walls

is reported too.
It is worth to notice that the bending efficiency of the
real coupled system is not very high (about 8÷14%),
being the corresponding stiffness very close to the one of
the un-coupled system for both aspect ratios. This
finding seems to be in contrast with the above presented
results. Indeed the bending efficiency, as evaluated by
eq. (14), influences only the elastic behaviour of the
walls, which does not change significantly if we consider
the two panel as separate. On the contrary the global
behaviour (rigid + elastic) of the whole wall is strongly
affected by the stiffness of the vertical connection (see
again Figures 13 and 14).
This evidence points out that the vertical connection
between the panels cannot be neglected, i.e. the coupled
wall cannot be considered as a whole wall (full-coupled)
neither as two separate panels (un-coupled).
To be precise, it is worth to notice that the γ-method
evaluates EIeff considering the cantilever beam fully
restrained at the base. This hypothesis is not at all
corresponding to the analysed cases, which suffer rigid
rotation at the base section, so leading to some overestimation of the stiffness. Anyway, this inaccuracy,
which did not affect significantly the proposed
simplified method, will be deepened in the next future.
H/L
1
0.5

EI0
(kN/mm2)
3.22x1014
2.56x1015

EI∞
(kN/mm2)
1.28x1015
1.03x1016

EIeff
(kN/mm2)
4.54x1014
3.14x1015

η
(%)
14.0
7.5

Table 1: Bending efficiency

2.2 DETAILED METHOD

Figure 14: FEM 2D model results - H/L=0.5 – Low vertical
loads: coupled wall vs full-coupled and uncoupled walls

Moreover, the elastic stiffness of the two limit cases has
been also evaluated theoretically, for comparison with
the one of the coupled system deriving by the application
of the γ-method (EIeff), as made before for the proposed
simplified method (assumption (ii)).
In the first limit case (full-coupled wall) the stiffness of
the equivalent frame (EI∞) is evaluated considering a
cross section having depth equal to the whole length of
the wall. In the second limit case (un-coupled wall) the
stiffness of the equivalent frame (EI0) is evaluated by
doubling the stiffness of the element having cross section
depth equal to half-length of the wall.
The values of the stiffness in these three cases have been
reported in Table 1 for both analysed aspect ratios. In the
Table the bending efficiency (η), evaluated as:
η=

EIeff - EI0
EI∞ - EI0

(14)

The assumption of infinite compression stiffness and
consequently the approximation of a zero neutral axis
depth provides a good compromise in all cases where
CLT panels are placed on a ‘rigid’ base, as in the case of
walls directly connected to a concrete foundation.
This assumption however may lead to inaccurate results,
because the rotational stiffness at the wall base depends
on the base compression stiffness as well. For example,
the transverse compression stiffness of the floor panels
under the wall can influence the rocking behaviour.
Similar influence can be found in the case of interposed
timber beams between wall panels and the concrete
foundation. Since the compression stiffness in the
perpendicular-to-grain direction is much smaller than in
the parallel-to-grain direction, i.e. E90 ≈ E0/30, the
assumption of a zero neutral axis depth is no longer
valid.
Obviously, the same can be said for panels subjected to
high axial loads; also in this case the rotation of the
panels occurs away from the panel edge, influencing the
rotational stiffness [8], even if the vertical stress in the
timber panels due to gravity loads are commonly not
quite low in actual CLT buildings.
In the above recalled cases, the extension of the
compressed area cannot be neglected, so that the position
of the neutral axis cannot be assumed at the panel edge.
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Then the deformability of the wall depends also on both
the compression stiffness of the base and the value of the
axial force, and consequently on its variation (ΔN)
caused by the coupling effect. In fact, ΔN produces an
increment/reduction of the acting axial force,
respectively on the windward/leeward panel.
It is necessary to point out that the introduction of a
finite compression stiffness due to the timber-to-timber
contact (which gives rise to a not negligible compressed
area) leads to a kinematic incompatibility between the
adjacent panels when subjected to the horizontal actions,
if they are assumed as rigid bodies (Figure 15).
In fact, the variation of axial load (ΔN) produces
different positions of neutral axis at the base section of
the panels, so leading to different rigid rotations (with a
relative rotation Δϕ = ϕ1-ϕ2) and consequently different
top displacements of the panels.
Nevertheless this effect, valid from a theoretically point
of view, is reduced in the real cases because the floor,
linking the panels one each other, inhibits relative top
displacement. However, the elastic flexural behaviour of
the panels accommodates lateral deformations,
contributing to equalize top displacements.
The detailed method proposed in this paper wants to take
into account the effects of the shifting of neutral axis. It
is based on an iterative procedure, which allows
evaluating the rotational stiffness considering the
influence of the base compression stiffness.
The rotational stiffness can be obtained by re-writing the
PVW, including the actual depth of the neutral axis,
different for each panel.
According to Figure 16, the application of PVW gives
the following equilibrium condition, in which the other
interaction forces (Mint and Nint), which arise at the
interface of the panels (see Figure 1), also appear:
qh h
qh h
-x φ - x φ -M φ + Mint φ1 +
2 4 2 2 2 4 1 1 int 2
H
H
- Nint φ1 + Nint φ1 - V2 φ2 (y2 - x2 ) +
2
2
2
2
-V1 φ1 (y1 - x1 )-RA φ2 x2 - RB φ1 x1 +
3
3
h
F
F
- ∆N x2 φ2 - ∆Nφ1
- x1 φ1 + φ1 H + φ2 H = 0 (15)
2
2
2
The equation (15) reflects the kinematic incompatibility
above explained. By mathematical point of view, it
cannot be solved because of the two unknown
parameters (ϕ1 and ϕ2).
However, considering the link effect of the floor and the
accommodation due to the flexural behaviour of the
panels, in the real cases it appears reasonable to assume
the same rigid rotation for both the panels (ϕ = ϕ1 = ϕ2).
This assumption allows solving equation (15), which has
now one unknown only. Consequently, the terms
containing Mint and Nint disappear from equation.

Figure 15: Deformed rigid shape: kinematic incompatibility
between the panels

Figure 16: Detailed method: free body diagram and rigid
deformed shape

In eq. (15) the internal forces of the hold-downs can be
written as:
V2 =k2 u2 =k2 φ(y2 - x2 )
(16)
V1 =k1 u1 =k1 φ(y1 - x1 )

(17)

where k1 and k2 are the axial stiffness of the hold-downs,
u is the axial displacement, y1 and y2 the distance of each
hold-down from the edge of each panel.
The variation of axial force (ΔN), due to the coupling
effect, can be expressed as follows:
∆N = Ks φ

h
-x + x2
2 1

(18)

while the compressive forces at the base of the panels
can be obtained by balance condition along vertical
direction:
h
RA = q + k2 φ (y2 - x2 ) - Ks φ
2

h
-x + x2
2 1

(19)

h
RB = q + k1 φ (y1 - x1 ) + Ks φ
2

h
-x + x2
2 1

(20)
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Then, referring again to eq. (15), the rigid rotation ϕ and
the top displacement δ can be obtained:

φ=

FH -

δ = φH =

qh h
qh
-x -x (x + x )
2 2 1 2
3 2 1
kφ,90

FH -

qh h
qh
-x -x (x + x )
2 2 1 2
3 2 1 H
kφ,90

being:
kφ,90 = k2 (y2 - x2 )2 + k1 (y1 - x1 )2 +
2
2
k1 x1 (y1 - x1 ) - x2 Ks
3
3
2
h
+ x1 K s
- x + x2 + K s
3
2 1

+

(21)

(22)

2
k x (y - x )+
3 2 2 2 2

h
- x + x2 +
2 1
2
h
- x1 + x2
2

(23)

In order to evaluate this non-linear behaviour, the
already considered walls has been again analysed by
means of a new 2D FEM models. In these new models,
for simulating a ‘soft’ contact at the base of the panels,
the elastic modulus assigned to the non-linear elements
restraining in compression the panels to the foundation,
has been changed to that of timber in direction
perpendicular-to-grains (E90 = 390 MPa) [9].
In Figure 17, 18 and 19 the force-displacement curves
obtained by the FEM models are drawn, for H/L = 1 and
H/L = 0.5 respectively. In the same graphs, the curves
corresponding to the walls standing on ‘rigid’ base are
reported for comparison.
The non-linearity of the wall behaviour is evident in all
cases. Furthermore, the global stiffness exhibited by the
walls appears significantly reduced due to the softening
of the base contact.
For sake of brevity, the application of the abovedescribed iterative procedure, for calculating the base
rotational stiffness kf 90 of the equivalent frame model
taking into account the effect of the compression
stiffness at the base of the wall, has not been reported in
detail in this paper.
It has to be highlighted that in the detailed method the
stabilising moment to be applied to the base spring of the
equivalent frame is given by:
,

It can be observed that this rotational stiffness depends
on the neutral axis position in each panel (x1 and x2),
which in turn depends on the variation (ΔN) of axial
force and on the other interaction forces Mint and Nint.
In fact, these three forces, together with the external
loads (vertical and horizontal), give rise to the combined
bending whit axial force acting at the base section of
each panel, which determine the neutral axis depth.
This involves the use of an iterative procedure for the
evaluation of the rotational stiffness of the wall.
The iterative procedure can be summarized in the
following steps:
- step 1: a first attempt value of ΔN is fixed, f.i. assuming
zero depth of neutral axis (as for the simplified method);
- step 2: by disregarding Mint and Nint, the depth of the
neutral axis in each panel (x1 and x2) is evaluated. In
detail the elastic theory of combined bending with axial
force as for r.c. sections in the second stage can be used
(i.e. w/o considering any tensile resistance of timber at
the base section, and adopting appropriate equivalent
ratio between the elastic moduli of the different material
of the base connection);
- step 3: the internal actions in the connection system
(V1, V2, RA and RB) are consequently defined and a new
value of ΔN is obtained;
- step 4: by applying the rotational equilibrium condition
to each panel, the base bending moments due to Mint and
Nint is evaluated, so defining new combined bending
moment and axial force at the base of each panel;
- step 5: the position of the neutral axis for each panel (x1
and x2) is re-calculated with reference to these new base
internal forces.
The steps 3, 4 and 5 have to be iterated until the full
convergence of the procedure, at the end of which the
rotational stiffness kf 90 can be obtained by eq. (23).
Note that, even considering constant the vertical load (q)
acting on the panels, the base rotational stiffness of the
wall depends on the horizontal force (F), which affects
the interaction forces between the panel and then the
neutral axis depth. For this reason, the F-δ relationship
of the coupled wall is strongly non-linear.

Mst =

qh
qh h
- x1 - x2 +
(x + x )
3 2 1
2 2

(24)

and, because of its dependence on the neutral axis
position in each panel, it can be calculated after solving
the iterative procedure only.
As example of application of the detailed method on the
equivalent frame model, the interaction forces between
the panels has been derived directly from the results of
the FEM models (w/o applying the iterative procedure).
Starting from these forces the neutral axis position has
been evaluated (adopting a ratio n=17.95 between the
equivalent elastic modulus of the hold-downs and the
elastic modulus of the timber at the base) and the
rotational stiffness kf 90 of the base spring has been
calculated by applying eq. (23).
,

,

Figure 17: FEM 2D model results - H/L=1: F-δ diagrams for
rigid and soft foundation
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Figure 18: FEM 2D model results - H/L=0.5 - Low vertical
load: F-δ diagrams for rigid and soft foundation

- the simplified method under assumption (ii), i.e. by
considering also the elastic stiffness of the coupled
panels evaluated by taking into account the
deformability of the panel to panel vertical connection,
gives results comparable to the ones obtained by a more
sophisticated numerical model;
- in the case of wall connected to a non-rigid foundation
(f.i. timber wall - to - timber floor base connection) the
simplified method leads to an over-estimated lateral
stiffness;
- the proposed detailed method, which is able to take into
account the actual compressive stiffness of the base
contact, gives results comparable to the ones given by
the corresponding numerical model.

3 CONCLUSION

Figure 19: FEM 2D model results - H/L=0.5 - High vertical
load: F-δ diagrams for rigid and soft foundation

For all the analysed walls, in Table 2 the internal forces
between the two panels (ΔN, Mint and Nint), the position
of the neutral axis (x1 and x2), the rotational stiffness
kf 90, the rigid rotation of the equivalent frame (ϕ) and
the top displacement (δtop) (rigid+elastic) are reported.
,

H/L
1
0.5
(low q)
0.5
(high q)

ΔN
(kN)

Mint
(kNm)

Nint
(kN

x1
x2
(mm) (mm)

105

52

69

35

145

0

83

130

0

50

δtop
(mm)

80

kf 90
(kNm)
62830

112

-

257454

5.41

167

75

244745

4.32

,

6.93

Table 2: Detailed method: internal forces, depth of neutral
axis, rotational stiffness and top displacement

The top displacements calculated by applying the
detailed method have been added (black square dot) on
the graph of Figures 17, 18 and 19. It can be observed
that they are again very close to the ones obtained by the
more accurate FEM model.
Finally some considerations can be made on the obtained
results:
- the simplified method under assumptions (i) (rigid
panels) leads to an overly stiffer behaviour;

In this paper a simplified and a detailed methods, applied
to an equivalent frame model, for the analysis of coupled
CLT walls under horizontal loads have been proposed.
The simplified method assumes, according to the
assumption reported in literature, that the rocking motion
occurs around a fixed pivot point at the edge of each
panel, but, in addition, takes into account also the elastic
flexural stiffness, modified because of the coupling
effect of panel to panel vertical connections.
The detailed method removes the assumption of fixity of
the pivot point and calculates (by means of an iterative
procedure) the neutral axis depth of each panels, which
is significant in the cases of low compression stiffness at
the base (f.i. when the contact at the base of the panel
concerns timber loaded perpendicularly to the grains).
The results obtained by the application of the proposed
methods to same coupled CLT walls have been
compared by the ones obtained by detailed 2D FEM
shell models, giving rise to a satisfactory agreement.
In particular, in the case of ‘rigid’ foundation the
simplified assumptions appears to be acceptable, but the
flexural stiffness of the wall cannot be neglected, at least
when the wall and the connections behave in the elastic
field. On the contrary, in the case of ‘soft’ foundation the
reduced compression stiffness at base contact cannot be
neglected, leading to a significant increment of lateral
top displacements of the walls.
Further developments are already in progress,
particularly devoted to analyse the influence of the
parameters involved in the wall behaviour (stiffness of
base connection, typology and stiffness of panel to panel
connection, level of vertical load, etc) and to investigate
the post-elastic behaviour of the walls, even in
comparison with experimental results already available
in literature.
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MONITORING OF MOISTURE CONTENT OF PROTECTED TIMBER
BRIDGES
Johannes Koch, Antje Simon2, Ralf W. Arndt3
ABSTRACT: The efficiency of measures of structural timber protection on protected timber bridges and the influence
of special local climates on the moisture content of the timber should be evaluated and analysed by long-term
measurements of the moisture content. Therefore, a monitoring system for the moisture content of the timber and the
ambient climate was set up and implemented on a protected timber bridge. The first measurement results of several
measuring points are evaluated and discussed. In an ongoing research project, more protected timber bridges will be
equipped with a monitoring system to create an extensive database. The following paper explains setup and application
of the measurement system. Furthermore, first measurement results of moisture content and ambient climate will be
described and discussed. First insights will be derived, concerning the correlation between local climate and moisture
content of protected timber bridges.

KEYWORDS: monitoring, timber moisture content, protected timber bridges, structural timber protection

1 INTRODUCTION 123
In the last decades only a few timber bridges have been
built in Germany. It is the opinion of the authors that
only protected timber bridges might be able to compete
with bridges of other building materials, in relation to
high durability, long service life as well as economical
aspects. Furthermore, protected timber bridges are more
ecological and sustainable, compared to bridges of other
building materials. In the German-speaking countries
structural timber protection has been established as a
modern and ecological method for constructing protected
timber bridges without chemical wood protection
measures. For creating durable timber bridges, it is
desirable to plan constructive measures that prevent
precipitation from the load-bearing structure. Examples
for structural timber protection measures are roof
projection, side cladding and sheet covering. According
to DIN EN 1995-1-1 [1] all timber members have to be
classified into service classes. The classes are defined by
the environmental climate as well as the equilibrium
moisture content of timber. It is recommended to classify
structural protected timber members into service class 2.
This class characterises timber members with an average
moisture content below 20 percent by mass (M%), which
is the essential limit regarding the durability of structural
timber [2]. If the moisture content is permanently higher
1
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than 20 M%, fungal growth and organic destruction
cannot be ruled out.
The development of timber moisture content over a long
time period can be recorded by monitoring systems.
Such systems allow a reliable and permanent qualitative
and quantitative observation of the timber moisture
contents. Therefore it is possible to detect and repair
defects in time before serious damage develops.
Furthermore, monitoring systems allow to control the
effectiveness of protective measures and to recognise
areas of vulnerability. Therefore, monitoring systems can
provide a major contribution to plan even better
constructions of protected timber bridges in the future.

2 LONG-TERM MEASUREMENTS OF
MOISTURE CONTENT OF
PROTECTED TIMBER BRIDGES
2.1 PROTECTED TIMBER BRIDGES
In timber bridge construction, it is of high priority to
differ between protected timber bridges and nonprotected timber bridges. There is a significant
difference regarding the durability and economic
efficiency. Non-protected timber bridges are more likely
to be affected by fungal growth and organic destruction
and with a higher damage growth rate. Protected timber
bridges are more durable if inspections and maintenance
are frequently and reliably done. A remarkable and
famous example is the "Kapellbrücke" in Lucerne in
Switzerland. This covered wooden pedestrian bridge was
built in 1333 and is still in service up till now.
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According to DIN EN 1995-2/NA [3] protected
members of timber bridges are accurately defined as
members that are protected from precipitation and
moisture ingress for example through driving rain.
Figure 1 shows different possibilities to realise this
intention. It can be seen that a roof projection under an
angel of 30° can be equally efficient as a waterproofing
while both are less prone to moisture induced damage.

Figure 1: Definition of protected members of timber bridges
according to DIN EN 1995-2/NA [3]

In consequence of the protective measures, the timber
moisture content will remain at a low level. Hence the
risk of fungal growth and organic destruction will be
minimised, while the durability of the construction and
the service life as well as the cost effectiveness will be
raised. Against this background it seems obvious why
only protected timber bridges should be built in the
future. Furthermore, this construction method relieves
the national economies because it helps to save
expensive repair measures as well as replacement costs
compared to non-protected timber bridges.
As an additional effect, timber bridges are sustainable.
They use natural renewable building materials that help
to counteract the anthropogenic climate change. Trees
remove carbon from the global carbon cycle and have
low energy consumption in contrast i.e. to the cement,
concrete and steel production of other bridge-material
types.
2.2 OVERVIEW OF THE STATE OF THE ART
In the last few years some research projects have been
carried out in German-speaking and Scandinavian
countries that deal with results of timber moisture
monitoring at different timber structures. The projects
differ regarding to the measuring methods as well as the
analysed objects.
At the University of Hamburg, a research project was
carried out dealing with results of monitoring of the

stressed ribbon pedestrian bridge near Essing over the
Main Danube Canal [4, 5]. The system logged the
electrical resistance of various timber members using
self-made electrodes. Furthermore, some reference test
sets were implemented at the bridge. Other devices
logged the temperature and relative humidity of the
ambient air. After three years of monitoring, it was
observed that the timber moisture content was
significantly lower at protected members. Unprotected
members showed high moisture content far beyond the
20 M%-limit over long time periods as well as fungal
decay.
In a research project at the Technical University of
Munich, more than twenty buildings were equipped with
monitoring systems based on the electrical resistance
method [6 – 8]. The Teflon-insulated electrodes were
implemented at glued laminated timber members in
various depths between 1.5 and 7.0 cm. In addition to the
electrical resistance, the temperature of the members was
measured as well as the climatic parameters temperature
and relative humidity of the ambient air. It was
discovered that the type of use at different buildings
ensures really different effects on moisture content and
its distribution over the cross section. Additionally, it
was shown that the used monitoring system works
relative reliably over a long time period, however with
the exception of chlorinated air (indoor swimming
pools).
Another research project dealing with timber bridges has
been performed at Bern University of Applied Sciences.
Some timber bridges were equipped with monitoring
systems that logged timber moisture content, timber
temperature as well as temperature and relative humidity
of the ambient air [9 – 11]. For this electrical-resistancebased system, stainless steel screws were used as
electrodes. The electrodes were implemented at various
positions and depths. At one of the bridges, a data
transmission device was used additionally. The results of
this project show that the equilibrium moisture content
differs in relation to seasonal climatic variations over the
cross section. Peripheral zones adapt relatively fast to
climatic changes while centre zones adapt significantly
time-lagged. It was also shown that the moisture content
at the protected timber bridges was significant lower
than 20 M%. The system worked reliably over several
years.
Other methods were used in Scandinavian countries. A
monitoring system based on the sorption method was
implemented at some bridges in Norway for monitoring
the moisture content over a long time period [12]. The
moisture monitoring is a part of a comprehensive study
which was initiated to collect also data about ambient
climate, displacement of the bridges and development of
steel bar forces of prestressed members. The moisture
content was significant lower than the 20 M%-limit at
most of the monitored bridges.
Overall, in the last few years some data about moisture
monitoring at timber bridges were collected. But the
more outstanding issues like the influence of close
proximity to waters on the timber moisture content and
the efficiency of protective measures have not been
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investigated so far. Therefore, additional studies are
required.
2.3 SELECTION OF AN APPROPRIATE
MONITORING SYSTEM
At FH Erfurt - University of Applied Sciences, research
has been done to develop an appropriate moisture
monitoring system for timber bridges. An objective was
to find a system, which is suitable for outdoor usage.
Furthermore, it was necessary that the system provides
the possibility of various measurement depths. For a
permanent and current observation of the moisture
content development, it was also necessary to add a
remote data transmission device to the system.
Finally, a system was chosen, which was used
successfully in other research projects [6 – 11]. This
system works on the principle of the electrical resistance
method, which is based on the dependence between
electrical resistance and material moisture. The electrical
resistance is lower if the material moisture is higher [13].
A generated measuring current flows through two
electrodes which have to be in contact with the wet
medium (wood). A resistance measuring device (also
called ohmmeter) measures the voltage drop which will
occur as a result of the electrical resistance of the wood.
This fact allows conclusions regarding the timber
moisture content.
Most of the devices utilising in this system are housed in
an installation box to protect them from weather and
vandalism (Figure 2).

Figure 3: Electrodes made of stainless steel screws

Additionally, for precise measurement results the timber
temperature is required to calculate the temperature
compensation. Therefore, another device is used for
measuring the timber temperature close to the electrodes.
For correlations between climate and timber moisture
content, climatic data collecting is required. Therefore,
other devices measure the climatic parameters
temperature and relative humidity of the ambient air.
The whole collected data of timber moisture content,
timber temperature and climatic parameters are
temporarily saved at data loggers for days up to weeks or
months. The data is periodically transferred by a remote
data transmission device in defined intervals. This device
uses the GPRS mobile network. The thus collected data
is available all over the world as an e-mail attachment.

3 MONITORING OF A PILOTE
BRIDGE
3.1 IMPLEMENTATION OF THE MONITORING
SYSTEM
After gaining more experience with the system in some
base tests, it was set up at a protected timber bridge in
August 2015. This pilot bridge is situated in Höngesberg
near Cologne. As shown in Figure 4, it is a road bridge
that crosses the river Agger. The bridge is a combination
of a timber arch bridge and two timber-concretecomposite foreland bridges. It is a full-protected
construction.

Figure 2: Measuring devices in installation box

In regularly defined intervals moisture measurements are
carried out. Parts of the system are measuring electrodes.
Various types of electrodes were tested in frame of a
master thesis [14]. Electrodes made of stainless steel
screws (Figure 3) are advantageous, because various
lengths are available and the handling is relatively
simple. It can be seen that the screws are isolated with a
shrinking tube to create the required measuring depth.
Similar electrodes were used in a research project at
Bern University of Applied Sciences [9].

Figure 4: Timber bridge in Höngesberg (North-RhineWestphalia, Germany)

Measuring points of timber moisture content, timber
temperature and ambient climate have been implemented
at the load-bearing structure of the bridge. The
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measuring points of the timber moisture content have
been implemented at various positions and in various
depths to gain a comprehensive picture of the
distribution of the timber moisture.

Figure 5 shows four of the eight points measuring timber
moisture as well as one of the two points measuring
timber temperature. The picture shows the situation
above the river. Measuring points are installed at the
bottom of a main beam and the bridge deck. The
measuring depths of the electrodes are 2.0 and 10.0 cm
from the surface of each member (Figure 6).

Figure 5: Measuring points of timber moisture and timber
temperature above the river

Figure 7: Measuring points of timber moisture and timber
temperature at a block-glued laminated timber beam at one of
the foreland bridges

Figure 7 shows the other four measuring points of the
timber moisture content and the second point measuring
timber temperature. These measuring points have been
set up at a block-glued laminated timber beam at one of
the foreland bridges. The depths of the electrodes vary
between 2.0 and 13.5 cm as shown in Figure 8.

Figure 8: Position and depth of the measuring points at one of
the foreland bridges

Most of the measuring instruments are housed in an
installation box that was set up at the underside of the
bridge. This box was hidden at the construction to
protect it against precipitation and vandalism (Figure 9).
Figure 6: Position and depth of the measuring points above the
river
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3.2 FIRST RESULTS AND DISCUSSION

Figure 9: Installation box

Since the implementation of the monitoring system in
August 2015, data have been sent by remote data
transmission. The following results are referring to the
evaluation period from August 2015 until March 2016.
The interval of data collection was 30 minutes to create
the possibility of drawing a daily curve if necessary.
The transmission of data was adjusted to an interval of
five days, but the data transfer was sometimes not
successful. Probably the low network coverage at the
pilot bridge was the reason for this problem. Data was
not lost, because it was saved in the temporary memory
at the data loggers and was sent the following day of
transfer.
The following results show the development of the
timber moisture content of the three measuring areas.
The values have been modified by temperature
compensation.

Figure 10: Development of the timber moisture content of the main beam above the river as daily average values

Figure 10 shows the development of the timber moisture
content of one of the main beams. The moisture content
was measured in depths of 2.0 and 10.0 cm from the
surface. As expected, it can be seen that the moisture
content is lower in the central zone than in the peripheral
zone. Furthermore, Figure 10 shows a rise of the
moisture content to about 2 M% as a result of the
changed climate values in winter. However, the moisture

content is constantly lower than the critical 20 M%-limit.
The values vary between 15 and 18 M%. In
consequence, there is not a risk of fungal growth or
organic destruction. Furthermore, the measured moisture
content is verifying a reliable efficiency of structural
timber protection of the member. The protection was
realised with a sheet-metal covering and side cladding.

Figure 11: Development of timber moisture content of the deck above the river as daily average values

Figure 11 shows the development of the timber moisture
content of the bridge deck. The moisture content was
also measured in depths of 2.0 and 10.0 cm from the
surface. It is striking that both curves show a relative

similar development in the first months, while the
development is differing more since December. It is
surprising that the moisture content rose more in the
centre zone than in the peripheral zone close to the
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surface. An explanation for this behaviour is currently
not available. Depending on the seasonal changes, the
moisture content rose general to around 2 to 3 M% in
winter months. The moisture content still remained
nearly always lower than the 20 M%-limit, similar to the

main beam. In consequence, there is not the potential for
fungal growth or organic destruction. It can be expected
that the waterproofing of the pavement structure is intact
and water is kept away from the load-bearing structure.

Figure 12: Development of timber moisture content of the foreland bridge as daily average values

Figure 12 shows the development of the timber moisture
content in the beams end-grain area of a foreland bridge.
The moisture content was measured in depths of 2.0, 6.0,
10.0 and 13.5 cm from the surface.
The moisture content rose generally to around 3 to 4 M%
in winter, similar to the other members. Timber moisture
content developed how expected, until the end of
November 2015. The moisture content was lowest at a
depth of 13.5 cm and higher close to the surface. The
values of the measuring depths of 2.0, 6.0 and 10.0 cm
were relatively close together. However, it can be seen
that the moisture content rapidly rose to a high level after
25th of November and degreased to a more acceptable
level of around 20 M% only a few days later. A second
rise was in the middle of December. However, the
largest increase was at the end of January. Values of

timber moisture far beyond the fibre saturation point
have been reached.
A malfunction of the monitoring system can be probably
ruled out, because each curve shows large fluctuations.
There is an expansion joint between the main part of the
bridge and the foreland bridge. If this member is defect,
it might be possible that water runs to the end-grain area
of the beam where the electrodes are placed. Water
stripes are supporting that assumption that can be seen in
Figure 7. If there are unfavourable wind conditions,
driving rain could be an additionally explanation.
The authors informed the owner about the high moisture
content. They recommended to survey the affected areas
in detail during the next inspection to protect the
member from fungal growth and organic destruction.

Figure 13: Development of the climatic parameters temperature and relative humidity as well as the calculated equilibrium moisture
as daily average values
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Figure 13 shows the development of climatic parameters
temperature and relative humidity. These parameters
have been measured close to the points measuring timber
moisture of the main beam and the bridge deck above the
river.
It can be seen, that the relative humidity was rising
during the autumn and winter months. The values are
lower in August and September. As expected, the
temperature is decreasing in winter. The temperature
reached negative values just in the middle of January.
These climatic seasonal changes ensured a general rise
of the moisture content of a few M%, as can be seen in
Figure 13.
It is necessary to set up a second climatic measuring
point a few meters away from the river to investigate the
influence of close proximity to waters.
Furthermore, there is an equilibrium moisture curve
plotted in Figure 13. This curve is calculated by using
the "two hydrate sorption model" from A. J. Hailwood
and S. Horrobin in combination with the material
specific parameters, which were calculated by W. T.
Simpson in 1973 [15, 16]. The curve was computed
according to Equation (1).
1800
M
K ∙ K ∙ h 2 ∙ K ∙ K ∙ K² ∙ h²
1 K ∙ K ∙ h K ∙ K ∙ K² ∙ h²
u

K∙h
∙
1 K∙h

(1)

where
h = relative humidity of the ambient air and
Mp, K, K1, K2 = material specific parameters
by W. T. Simpson shown in Equations (2 - 5)
330

M
K

0,791

0,452 ∙ T

0,000463 ∙ T

0,00415 ∙ T²

(2)

0,000000844 ∙ T²

(3)

K

6,17

0,00313 ∙ T

0,0000926 ∙ T²

(4)

K

1,65

0,0202 ∙ T

0,0000934 ∙ T²

(5)

where
T = temperature of the ambient air
3.3 FURTHER INVESTIGATIONS
At the pilot bridge, a lot of information was gained
regarding the handling of the measuring devices, the
implementation of measuring points, data transmission
as well as data interpretation.
Based on these results, the monitoring of protected
timber bridges will continue and expand in the frame of
the research project “Protected Timber Bridges
(ProTimB)”. ProTimB is funded by the Federal Ministry
of Education and Research (BMBF) and several
companies. Executing firms, engineering offices and
scientists work together in this project to define a new
standard for the planning, execution and inspection of
protected timber bridges.

In course of this research project up to eight other
protected timber bridges will be equipped with
monitoring systems to monitor the timber moisture
content over a time period of more than two years. The
objectives are to analyse the difficult structural details of
the load-bearing structure and investigate the distribution
of timber moisture over the cross section. Therefore, the
efficiency of the structural timber protection measures
could be evaluated and scientific knowledge can be
obtained to define an appropriate interval for inspections
of timber bridges. Furthermore, special features of local
climates like spray zones as well as the influence of
close proximity to waters should be considered. It is
planned to gain more experience about durability of
protected timber bridges close to waters. These scientific
investigations are necessary, as comparable information
is not available at this time.

4 CONCLUSIONS
In this paper, general aspects of protected timber bridges
have been shown. Compared to non-protected timber
bridges only protected timber bridges might be able to
compete with bridges of other building materials
functionally and economically.
To get more information about the development of
moisture content of timber bridges at close proximity to
waters, also the combination and handling of the
measurement equipment has been investigated.
Therefore, a protected timber bridge has been equipped
with a monitoring system measuring moisture content,
timber temperature as well as ambient climate conditions
(air temperature and relative humidity). The first results
of the monitoring at the pilot bridge prove that protective
measures at the load-bearing structure guarantee an
acceptable timber moisture content. Therefore, it can be
summarised that the structural timber protection is
mandatory in building durable timber bridges.
In the context of the research project “ProTimB”, an
exhaustive investigation will be carried out by extending
the monitoring to validate the preliminary results.
Furthermore, the influence of special features of local
climates on the timber moisture content will be
investigated extensively.
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DURABILITY OF RAIN EXPOSED TIMBER BRIDGE JOINTS AND
COMPONENTS
Jonas Ni l

s i1, E a Fr h ald Hansson2, Anna Pous tt 3, P r And rs Fj llstr m4

ABSTRACT: The design of details is an important aspect in durability design of rain-exposed timber structures. Joints
are considered the weak-points of these structures as they accumulate moisture and facilitate deterioration by decay. The
present study aims to study the influence of detail design, and its effect on the service life, by estimating the decay rate in
a number of rain-exposed timber components and joints, typically found in timber bridges. A test-setup was exposed
outdoors over a period of one year while the moisture content was measured in specific measuring points. The test-setup
included groups of beams, columns and joints commonly found in timber bridges. For the beams and columns, the
effectiveness of typical protective measures was also tested. The annual decay rate was estimated using two different
decay prediction models. Compared to a reference beam, the results show that structural protection reduced the risk of
decay while joints and end-grain tended to be at increased risk. The lowest service life, estimated to 3-4 years, was found
close to end-grain where drying was hindered but moisture could accumulate. In general, the discrepancy between the
two decay models was large for low to medium exposure and decreased with increasing exposure.
KEYWORDS: Durability, timber bridge, decay, performance model

1 INTRODUCTION 123
One of the main obstacles when utilizing timber in bridge
structures is durability, i.e. the capability of the structure
to satisfy the performance requirements over its design
service life under the influence of environmental actions
[1]. In northern Europe the primary concern for timber
bridges is deterioration by fungal decay. Since decay
impairs the structural performance of timber [2], its
absence is crucial in order to satisfy the safety
requirements. Risk of fungal decay has previously been
treated primarily by means of chemical impregnation.
However, increasingly restrictive legislation due to the
environmental impact of the chemicals have created a
need for alternative strategies. Since decay-growth is
facilitated by moisture, strategies to control and limit the
material’s exposure to moisture provide promising
alternatives to chemical impregnation. Such strategies
include e.g. structural protection and improved design of
details. However, there is currently a lack of methods to
verify the performance requirements of these solutions
and they are therefore difficult to implement in practice.
Performance based service life design can play
an important role in addressing the durability issue with
timber bridges. The concept is illustrated in Figure 1 and
1
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jonas.niklewski@kstr.lth.se
2
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the idea is to explicitly and quantitatively consider the
nature of the relevant degrading mechanism and its effect
on the service life of the material. In timber, the risk of
fungal decay is primarily influenced by the moisture
content and temperature of the material [3]. There are
several models in the literature aiming to relate the
moisture and temperature to decay [4, 5]. In design
situations where moisture measurements are not feasible,
input to such models can be estimated from parameters
such as climate, surface treatment and design. The effect
of climate and surface treatment on the moisture content
in timber can be estimated with reasonable accuracy by
numerical means [6, 7] whereas the influence of detail
design is very complex. However, Isaksson and
Thelandersson [8] found that in many cases the influence
of detail design can be estimated with reasonable accuracy
by experimentally determined factors.
There are several situations where a performance
based durability design model can be used to facilitate
well-informed decisions in the design of timber bridges.
For rain-exposed bridges designed for use-class 3, defined
according to EN 355 [9], a performance based design
model can be used to estimate the service life of single
components. If the estimated service life is less than the
design service life, measures can be taken to increase the
3Anna Pousette, SP Technical Research Institute Sweden,
anna.pousette@sp.se
4Per-Anders Fjällström, SP Technical Research Institute
Sweden, per-anders.fjellstrom@sp.se
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material resistance and/or reduce the exposure by e.g.
structural protection. For non-permanent members, the
performance model can be used to estimate the interval
for repair and replacement. For bridges with a design
service life of 80-120 years, permanent components are
usually designed for use-class 2, i.e. completely protected
from rain, to eliminate the risk of decay. However,
experience shows that even details which are designed for
use-class 2 may in practice be subject to use-class 3
(exposed to free water) or even 4 (permanently wet) due
to leakage resulting from damage or inadequate
design/maintenance. Scheduled inspections can be used
as a strategy to counter unpredictable events. To minimize
the amount of inspections while maintaining a suitable
level of safety, a performance model can be used as a basis
for decisions regarding the required inspection frequency.

was studied. This was done by continuously monitoring
the moisture content of a test-setup which was exposed
outdoors over a period of one year. The second part,
which is the focus of the present paper, expands on these
findings by assessing the influence of the different
moisture conditions on the estimated service life. The aim
is to relate the moisture measurements to estimated
service life using decay models. The estimated service life
can then be used as a basis to establish factors for the
factor method. For the purpose of this study, the service
life is defined as the time until decay level 1 is reached.
Decay level 1 is defined as “slight attack” according to
EN 252 [14]. In the final part of the present paper, two
Swedish timber bridges with documented problems are
used for comparisons with the model.

2 METHOD
2.1 MOISTURE CONTENT DATA

Figure 1: er ormance ase concept

A performance based concept has recently been
developed and implemented in a handbook with
guidelines for timber decking and cladding [10]. The
guidelines are presented in the form of a factor-method,
as described in ISO 15686 [11], where the service life is
estimated on the basis of a reference service life (RSL)
which is adjusted for the specific in-use conditions and the
specific material which is used. The aim of the present
study was to extend this methodology to include also
timber bridges. The main problem was that the in-use
conditions of the material in timber bridges differs
considerably from the conditions in timber decking and
cladding, largely due to differences in detail design.
Predominantly, decay damage in bridges can be
found in details where moisture is trapped and drying is
hindered. Two examples of critical details include the
anchor region in stress-laminated timber decks and the
connection between railing post and deck. The literature
offers few studies on the influence of detail design on the
moisture content/decay risk. Existing literature, (e.g. [8],
[12]) is focused primarily on details and dimensions
relevant for cladding. Therefore, the aim of this study was
to study and quantify the influence of detail design on the
decay risk in typical timber bridge details.
In the first of this study [13], the influence of
detail design on the moisture conditions in rain-exposed
details and components typically used in timber bridges

The data used in the present study was taken from an
experiment where the moisture content in timber beams
and rain exposed joints was measured. The moisture
content in a test-setup was measured continuously in 18
different details using resistance-type moisture sensors.
The test-setup was designed from 11 glulam
beams (270x115x3200 mm3), 9 columns (115x115x2000
mm3) and several smaller sized beams and steel
connectors. One column and two typical beam specimens
are illustrated in Figure 2 and three photographs from the
test site are shown in Figure 3. The following is a
summary of all details:
 Nail plates (A6), two types of anchor plates (A4;A5)
and slotted in plates with dowels (A8) were
connected to main beams to study their moisture
trapping effect on the moisture content in the beams.
 Two differently sized timber beams (B3; B4), were
connected to the main beams to study the effect of
horizontal contact areas.
 A vertical beam was connected to the side of the main
beam in three different ways to study the influence of
horizontal contact areas and the effect of air gap. The
air gap was varied between 0 mm (A8), 3 mm (A9)
and 20 mm (A10). See section B in Figure 2.
 Parts of the main beams were designed with varying
degree of structural protection to study the efficiency
of protective measures. The designs include:
unprotected side surface (A1), side surface partially
protected by 20 mm overhang (A2a; A2b), side
surface protected by ventilated cladding (A3),
unprotected top surface (B1) and top surface
protected by rubber sealing (B2). See section C in
Figure 2.
 The detail between column end-grain and concrete
slab was designed in three different ways including:
end-grain in direct contact to concrete (C1), a 20 mm
polythene distance between end-grain and concrete
(C2) and a 40 mm polythene distance between endgrain and concrete as well as a drip-nose (C3). See
section A in Figure 2.
Each detail was only monitored in one single point. The
point was selected to capture the influence of the design
and was usually chosen to the location which was deemed
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most adverse in the vicinity of the moisture trap. The
measurements were always taken 10 mm from the
surface. A detailed description of the test-setup and the
measurements is found in [13].
The test-setup was exposed outdoors on a
rooftop located in Lund, Sweden. The beams were
mounted approximately 300 mm from the roof surface on
two transverse steel beams and the columns were
connected to concrete slabs which were placed on gravel
(Figure 3). The test-site offered minimal shelter from
driving rain and minimal shade. All beams were uncoated
and produced from Norway spruce ( icea a ies). The
steel details were obtained from a timber bridge
manufacturer.
In total, 18 unique measuring points (A1-A10;
B1-B3; C1-C3) were monitored with n=3 replicas of
every detail, adding up to a total of 54 moisture content
time-series over one year. Due to long periods of missing
data, four time-series were removed from the dataset.
Short periods of missing data were replaced by
interpolation.

Figure 3: hree photographs rom the test site sho ing the
nine columns top , one o the splice test eams ith t o
i erent types o anchor plates mi a ie o out o the
test eams ottom

2.2 DECAY MODELS

Figure 2: chematic illustrations o three specimens top ith
each type o measuring point C enotes a measuring point
mm rom a column en -grain hile an
enote measuring
points mm rom a ertical or hori ontal sur ace respecti ely
nter als, i e
- ,
,
an C -C , mean that
i erent types o esigns ere teste as sho n in the crosssections
an
represent an unprotecte si e an top
respecti ely an can e seen as re erences

Two decay models, also referred to as dose-response
models, are used in the present paper. Both models were
developed from a comprehensive field-test where doublelayer setups of Douglas Fir and Scots Pine were exposed
outdoors at several different European sites while the
moisture content, temperature and the decay rate were
monitored over time [15]. This data-set was later used to
develop two sets of equations, known as the logistic
model (hereafter “LM”) and the simplified logistic model
(hereafter “SLM”) [5].
A dose model is used to predict material
degradation over time as a cumulative damage function,
similar to that of Miner’s rule [16] which is used in fatigue
applications. Doses are accumulated at a rate which is
determined based on the material climate, the maximum
being one dose per day which represents optimal
conditions for decay. The daily dose at day i, i, is a
function of two components: the temperature induced
dose, , and the moisture induced dose C, calculated
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from the daily average temperature, 𝑇̅, and the daily
average moisture content, 𝑢̅, respectively. It is required
that both components exceed zero for a daily dose to be
produced. The total dose is the sum of daily doses from
day 1 to n according to:
𝑛

̅̅̅̅̅ ), 𝑑 𝑇 (𝑇̅))
𝑑(𝑡) = ∑ 𝑑𝑖 (𝑑𝑀𝐶 (𝑀𝐶

(1)

𝑖=1

Failure of the component occurs when the accumulated
dose, t , reaches the critical dose, crit and the service
life is defined by the corresponding amount of days, n,
until the limit is reached (Eq. 2). The critical dose is
defined by the dose which corresponds to a certain level
of decay. For decay level one, which is used in present
study, dcrit is approximately 450 dosedays but the exact
value depends on the model (SLM or LM). This critical
dose can be seen as the number of days until decay level
one is reached, assuming optimal conditions for decay
growth. For non-optimal conditions, this time period is
extended.
𝑙𝑖𝑚𝑖𝑡 𝑠𝑡𝑎𝑡𝑒: 𝑑(𝑡) − 𝑑𝑐𝑟𝑖𝑡 > 0

(2)

The moisture and temperature dependencies of the two
dose models are illustrated in Figure 4. The main
difference between the two models is the relation between
daily average moisture content and moisture induced
dose, i.e. the relation between 𝑢̅ and C. The LM uses a
lower threshold of 25% moisture content, below which no
moisture induced dose is produced. Therefore, wood
which sustains a moisture content below 25% never
reaches the limit state. Conversely, the SLM does not
define any moisture content threshold. The idea is that the
model takes different types of uncertainties into account
and that relative exposure levels can be estimated also for
data sets where the moisture content is mostly below 25%.
A detailed description of the models and its governing
equations can be found in [5].

Figure 4: he moisture an temperature oses o the
an
respecti ely
an
, then the aily ose is
C
calculate as
using the
an
C
other ise the aily ose is set to
C∙d using the
ero

3 RESULTS AND DISCUSSION
The two dose models described in the previous section
were used to translate the temperature and moisture
content data to cumulative daily doses as shown in Figure
5. Three representative details were chosen to
demonstrate the cumulative dose from low (B2), moderate
(B3) and high moisture exposure (C2). The slope of the
cumulative dose can be seen as the decay rate. As
described in the previous section, the decay rate increases
with increasing temperature as well as increasing
moisture content. The primary difference between the
models can be seen in the summer period when some
details dry below 25% MC. According to the SLM, the
total decay rate increases since the temperature increases
significantly while the moisture content only drops a few
percentage points. According to the LM, the decay rate
decreases since the moisture content frequently drops
below the critical lower threshold. The difference between
the two models is discussed further in section 3.1. A
preliminary estimated service life (ESL), defined as the
time until the critical dose (dcrit) is exceeded, was obtained
by extrapolating the cumulative dose after one year
(annual dose). Note that when the annual dose is equal to,
or close to zero (see e.g. B3 calculated using the LM), then
the estimated service life approaches infinity, indicating
that no material degradation occurs.
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moisture content remains close to the threshold over long
periods, small differences of 1-2% points moisture
content are decisive for the ESL. This also explains the
large difference in ESL between specimens of the same
type.
From a physical viewpoint the basic assumptions
of the LM are well-founded as decay fungi require free
water, i.e. moisture content above the fibre-saturation
point [17], to develop. However, when analysing depthspecific moisture content measurements there are certain
factors that should be considered, such as the non-uniform
moisture content distribution and measurement error. The
former is of special importance in use-class 3 due to the
large moisture gradients caused by alternate wetting and
drying. To clarify, measurements at a depth of 10 mm do
not accurately represent the conditions at each depth.
Although the moisture content at 10 mm remain below
25%, it is likely that decay can develop closer to the
surface where the moisture content frequently exceeds
this limit when exposed to rain. However, the moisture
content at 10 mm is of course governed by the surface
conditions. This type of uncertainty in the moisture
content input was considered when the SLM was
developed [5] and is the main reason for the conservative
estimated decay rate at relatively low moisture contents.
However, a distinction between rain exposed (use-class 3)
and non-rain exposed (use-class 2) should be made. The
SLM should not be used with data from use-class 2 since
the effects included in the SLM, i.e. weathering and nonuniform moisture distribution, are not relevant for
sheltered wood and the resulting ESL becomes overly
conservative. Sheltered wood is generally not subject to
degradation.
Figure 5: op igure sho s the ariation o air temperature
together ith the moisture content in three i erent types o
e posure situations en -grain to concrete ith a
mm
polythene istance C , hori ontal oo -to- oo contact
an a hori ontal sur ace sheltere y ru er sealing
he
ottom t o plots sho the cumulati e ose o er one year,
calculate
ith t o i erent ose mo els, together ith the
critical ose correspon ing to ecay rating

3.1 DIFFERENCE BETWEEN MODELS
The estimated service life, ESL [years], for each of the 18
details included in the experiment is shown in Figure 6.
The ESLs have been sorted in descending order from left
to right. The lowest threshold for each model, assuming
optimum moisture conditions for decay, are marked in the
figure.
The two models yield relatively similar results
for details where the moisture content consistently
exceeds 25% (see e.g. C1 and C2). This follows from the
fact that both models were developed from measurements
taken from specimens which were predominantly wet.
For low- to medium moisture exposure, the
difference between the two models is large. This can be
explained by the different characteristics of the moisture
induced doses (compare dMC(SLM) and dMC(LM) in
Figure 4). For daily average moisture contents below the
lower threshold at 25%, no dose is produced by the LM
and the ESL approaches infinity. Moreover, when the

Figure 6: stimate ser ice li e calculate using t o i erent
ose mo els Ranges lue
an re
mark the lo est
an highest
calculate rom n
replicas
n
e cee ing a threshol o
years is marke ith an arro
he
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hori ontal lines represent the minimum estimate ser ice li e,
assuming optimum moisture con itions or ecay, accor ing to
each mo el he a erage moisture content or each etail is also
gi en elo the igure

3.2 ESTIMATED SERVICE LIFE
Based on the arguments given in section 3.1, this section
is only based on the ESL determined by the SLM.
3.2.1 S r i li o d tails
The ESL, excluding the fully sheltered details (B2 and
A3), ranged between approximately 4 years to 12 years
depending on the detailing (Figure 6). The completely
sheltered beams (B2; A3) sustained a moisture content
below the critical threshold during the whole period and
can be considered as use-class 2.
The worst performance was found close to column
end-grain where drying was prevented but wetting could
occur (C1, ESL=4 years). Although the moisture content
was reduced considerably by adding a polythene-distance
between the concrete and the end-grain (C2, ESL=4
years), the ESL was not reduced as the daily average
moisture content still exceeded 30% points during most
days. Adding a drip-nose reduced the exposure to rain and
allowed the wood to dry between rain events thus
increasing the ESL with about one year (C3, ESL=5
years). It is likely that the performance would be increased
further by increasing the height of the distance (>40 mm)
to reduce the amount of splash.
The ESL of the unprotected beam side surface
(A1) ranged between 8-11 years. No increase in ESL was
achieved by designing the beam with overhang (compare
A1 to A2a and A2b). In fact, the measurements showed a
slight increase in moisture content; however this was
likely due to material variability and not a consequence of
the overhang.
Most joints exhibited worse performance
compared to a reference without any connecting member
(A1 and B1). The only exception was design A10 where
the distance between the connecting members was large
enough (20 mm) to allow unhindered drying and the ESL
thus became very similar to the reference, A1.
3.2.2 Varia ility
In many details the variation between nominally identical
measuring points was large. A part of this variation can be
attributed to the variability of material properties related
to moisture transport. Assuming identical surface
conditions, the variability in moisture content between
nominally identical specimens is known to increase with
increasing moisture content due to a change in dominant
transport mechanism from diffusion (at low moisture
content) to capillary conduction (at high moisture content)
[18]. However, the larger part of the variability was likely
due to differences in surface conditions within groups of
nominally identical measuring points. After the test was
finished, some details exhibited small cracks,
delamination and other form of weathering which may
have influenced the surface conditions. This was
especially apparent in joints where two members were
pre-stressed and cracks could potentially function as a
point of entry. In the absence of cracks, free water did not

necessarily penetrate the interface between the two
members and the measured moisture content was
seemingly unaffected by rain.
3.2.3 Lon t rm
ts and un rtainty in
tra olation
When extrapolating the annual dose, two important
factors are neglected. First, it is assumed that the weather
during the measuring period is repeated each year,
resulting in the same moisture content and temperature
each year. Although the annual variation in exposure is
not crucial when studying relative differences between
details, it can have a major impact on the actual estimated
service life [19]. When the material climate is modelled,
this uncertainty is usually managed by using a normal
year as input. Second, it is assumed that there is no
increasing trend with respect to moisture content over
time. In reality, long-term effects such as weathering of
the material (e.g. cracks and delamination) is likely to
cause the average annual moisture content to increase
over time. However, very little is known about this trend.
Moreover, weathering is more pronounced in wood which
is exposed to severe conditions such as high moisture
contents and solar radiation due to the increased risk of
cracking. As a result, it is likely that the relative difference
between details will increase over time.
3.2.4 D si n s r i li
The estimated service life can be compared to the design
service life required by the Swedish bridge code [20],
which states that timber bridges should remain in service
for 40 or 80 years. The discrepancy between the estimated
service lives of the present study and the design service
life clearly shows that that none of the unprotected rainexposed details included in this study fulfilled the
durability requirement in this specific climate. The
performance model, Figure 1, suggests two possible
measures to increase the durability: increase the resistance
of the material, dcrit, and/or reduce the exposure, d(t). The
former can be achieved by impregnation or the use of a
more durable wood species while the latter can be
achieved by protecting the wood.
The sheltered beams never exceeded the critical
moisture content threshold and are not expected to
deteriorate over time. However, when relying solely on
low exposure, it is crucial that the structural protection
remains adequate during the full service life. As will be
shown in section 4, there are situations where the
structural protection is inadequate due to e.g.: poor
maintenance, design error or errors during construction.
In this case regular inspection can be used to ensure that
the structural protection functions as intended during the
full service life of the bridge.

4 EXAMPLES FROM SWEDEN
The following section gives two examples of typical
Swedish timber bridge designs with documented damage.
Both examples, information and photographs are based on
inspections made by P.A Fjällström and presented in a
report from SP technical Research Institute of Sweden
[21]. The first example includes two very similar bridges
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in close proximity, however designed with different
detailing.
The intention of this section is not to verify the
model but to give typical examples of problems where and
when the actual service lives have been documented.
Model verification requires a more detailed analysis
where the ESL is adjusted for e.g. differences in local and
global climate conditions as well as material. However,
the ESL calculated in the previous sections are used as a
crude comparison.
4.1 PEDESTRIAN BRIDGE IN EKER
The first example is a pedestrian bridge designed as a
simply supported girder bridge with a glulam deck.
Untreated spruce was used for the railing posts and the
bridge is crossing a waterway.
Figure 7 shows a cross section of the bridge with
the location of the damage marked in the dotted circle.
The railing posts are connected directly to a distance
which is connected to the deck. Runoff water from the
road as well as from the post becomes trapped between
the post and the distance, resulting in high moisture
contents with subsequent decay. Figure 8a shows one of
the several cases of damage, found after 7 years in service
during inspection.
Interestingly, the inspection report includes also
a similar bridge, located in close proximity, which did not
exhibit any deficiencies. The main difference is that the
joint in the second bridge was designed with a metal
sheeting which effectively protects the detail from runoff
water, see Figure 8b.
The detail in this example shares many
similarities with detail A8 and A9 (vertical contact areas
with/without small gap) from the previous section. From
the analysis the service life was estimated to somewhere
between 6-8 years. Although the ESL and the time of
inspection should not be directly compared, it does appear
as if they are, at the very least, is in the same order of
magnitude.
This example clearly demonstrates the adverse
effect of moisture traps but also the potential of structural
protection.

Fi ur : a railing post in irect contact ith the istance, no
structural protection,
same type o connection ith metal
sheeting an no amage hotographs taken rom the
report

4.2 ROAD BRIDGE IN LUMN S
The road bridge is designed with a simply supported
stress-laminated deck made of spruce. An elevation of the
bridge can be seen in Figure 9. All visible sides are
painted with one layer of primer with fungicide and two
layers of non-transparent glazing paint. A ventilated
cladding protects the side of the bridge from driving rain.
The bridge is an example of a situation where the deck
was designed for use-class 2 but the actual exposure is
closer to that of use-class 3. The bridge is, also in this case,
crossing a waterway. Figure 10 shows the damage which
was found after 12 years in service during an inspection.
Similar to the previous case, runoff water from
the deck runs along the railing post and becomes trapped
either in the anchoring region and/or in the connection
between the railing post and the underside of the deck. As
can be seen in the picture, the decay is quite severe. The
detail in this example is quite similar to that of design A5
with an ESL of 7-8 years.
Also in this case the damage may have been
prevented by using a distance between the railing post and
the deck. In addition, runoff water could have been
prevented from running down the railing post.

Fi ur
locate
Fi ur : Cross section o the ker
is locate ithin the otte circle

ri ge

he amage area

: le ation o umn s ri ge
ithin the otte circle

he amage area is
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Fi ur 1 : Connections et een railing post an anchor plates
to the stress-laminate eck, seen rom elo
ater runs rom
the eck, along the railing post an is trappe et een the eck
an the connecting mem ers icture taken rom
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CONCLUSIONS
Two decay models were used to estimate the service life
of timber bridge components based on measurements. The
time until the limit state (defined as decay-level 1) was
calculated based on moisture content data measured over
a period of one year. It was found that design of details
had a significant influence on the estimated service life.
Some of the sheltered details exhibited excellent
performance, clearly demonstrating the efficiency of
structural protection. Almost all joints had an adverse
impact on the estimated service life compared to a plain
reference beam. However, measures to reduce this
adverse effect, such as air gaps, distances and drip-noses,
were found to increase the estimated service life. In
absolute numbers, the estimate service life varied from 4
to 12 years or 3 to infinite depending on decay model. The
discrepancy between the two dose models was large for
low- to medium moisture exposure and it was argued that
the SLM is more appropriate when analysing this type of
depth-specific measurements. The results are intended to
be used as a basis when deciding suitable factors for the
performance based service life design model. Other
factors, not dealt with in this paper, include e.g. local
climate and material properties.

FUTURE WORK
A more detailed verification of the model, including socalled ‘reality checks’ will be carried out in future work.
Each check includes a documented case with or without
damage and a detailed estimation based on the
performance model.
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MONITORING OF TIMBER BRIDGES BY REPEATEDLY MEASURING
THE NATURAL FREQUENCY
Patricia Hamm1, Jörg Schänzlin2, Wolfgang Francke3, Stefan Scheuble4
ABSTRACT: Measuring the natural frequency of buildings and bridges is a possibility to get information about the
stiffness of the construction. Decreasing stiffness can be detected be repeatedly measurements. Damaged parts of the
construction or too high wood moisture can be reasons for decreasing stiffness. The earlier the failure is detected the
better is the chance to repair it with low costs. The method of monitoring by repeatedly measuring the natural frequency
is applied at timber bridges, especially on footbridges. As damages due to high wood moisture cannot be seen easily,
measuring the natural frequency is a good possibility to detect them and then to repair them. Equations to calculate the
natural frequencies regarding the damaged parts are shown and applied to a simple supported beam.

KEYWORDS: measurements, natural frequency, timber bridges, footbridges, damages,

1 Introduction
Bridges are subjected to natural environment. Therefore
the moisture content can increase locally, providing the
necessary environment conditions for the growing of
timber deterioration fungi. These critical points are often
in the range of joints, which can hardly be checked
visually (see Fig. 1).
Since the deterioration of timber leads to a reduction of
the load capacity, the critical points in the structure have
to be identified.
One possible method to identify these critical points is a
proof loading of the system. Within this method the
structure is loaded statically and the reaction is
monitored e.g. via photogrammetry. Comparing the load
with the reaction of the system, the deterioration of the
system can be checked in principle.

a.) Bridge

However proof loading is quite expensive and time
consuming, since the load has to be applied and the
measurement equipment has to be installed.
_________________________________________
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b.) Damage in the range of the joint

Figure 1: Example of a bridge with a damage in the joint
between planks and beam
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The applied loads are often dead loads, which can be
determined by
⋅
1
where F force
m mass
a acceleration
In the static case, the acceleration is the gravity. In the
dynamic case the acceleration covers the reaction of the
system as well as the gravity. So additional forces arise
if the system is loaded dynamically. One case of
dynamic loading is, when vibrations in the system occur.
These vibrations can be caused by temporally acting
forces as wind or persons crossing the bridge. The
system starts vibrating and therefore the masses of the
structure are accelerated, leading to a force in the
system.
Therefore a vibration can be interpreted as a temporarily
acting proof load. The values of the eigenfrequencies
depend on the mechanical properties of the structure.
Changing mechanical properties as the deterioration of
the cross section should be identified by the
measurements of the eigenfrequency. In the following a
concept will be proposed, with which the reduced
stiffness in bending systems can be identified.

The differential equation is solved separately for both
systems. In order to connect both systems, the boundary
conditions between both systems are
• equal deflection in both subsystems
• equal bending moments in both systems at the
damage
• the difference of the bending angle between
both systems is
3

Δ
where

α
M
K

bending angle between both systems
bending moment at the damage
bending stiffness

The bending stiffness can be determined by
⋅
1
⋅
where

4

spring, representing the damage
bending stiffness at the damage
undamaged bending stiffness
length of the damage
normally assumed to be equal to
the depth of the damage

The resulting equation of this procedure is given in Eq. 5
(see Fig. 3).

2 Theoretical background
For the determination of the influence of a deteriorated
point, the differential equation of the equilibrium of
forces can be set up
,

⋅
where

m
a
EJ
w

⋅

,

0

2

mass in kg/m
acceleration
bending stiffness
deformation

In an undamaged system, this equation can be solved by
assuming a sinusoidal course of the deformation w.
However in the damaged case, the bending stiffness
decreases in the range of the damage.
To solve this equation despite the damage, the single
span system is divided into the two systems A and B.

(5)
where

m
EJ
ω
L
x
K

Figure 2: Subsystems

mass
bending stiffness
Eigen-Kreisfrequenz
length of the beam
location of the damage
spring representing the stiffness at the
damage
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3 Preliminary experimental investigations
3.1 General
In order to verify the derived equation, up-to-now one
beam has been experimentally studied. Within this study
the eigenfrequencies of a timber beam C24 were
measured. The cross section is b/h = 6/10 cm, the beam
length is 3,06 m (see Fig. 5) and the span is 3,00 m.

Figure 3: Parameters of Eq. 5

Solving this equation, the influence of a damage in the
location x on the eigenfrequency can be evaluated (see
Fig. 4).

Figure 5: Drawing of the test setup

The eigenfrequency was measured by 7 vertical
accelerometers, uniformly distributed along the beam
axis (see Fig. 6).

Figure 6: Accelerometer

Parameters

•
•
•
•
•
•

In order to simulate a damage of the beam, the timber
cross section in midspan was cutted sequentially within 5
mm steps until a total "damage" of 55mm (see Fig. 7).

span: 10 m
cross section: h/b = 50/16cm
strength class: GL24h
mass: 200 kg/m
damage at x=6.282m
single span girder

Figure 4: Evaluated
eigenfrequency

influence

of

a

damage

on

the

Figure 7: "Damage" of the beam in midspan (here 30%
of the cross section height)
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In order to identify the non geometrical parameters as
bending stiffness and mass, the eigenfrequencies were
determined with and without an additional mass. This
mass was applied by cubes of alloy uniformly distributed
along the beam axis as can be seen in Fig. 8.

As can be seen, the measured eigenfrequencies are in the
range of 10Hz to 200Hz. Since the accuracy of the
results of the measurements drops with increasing value,
only the eigenfrequencies below 150Hz are considered
in the following.
In Fig. 10 the eigenfrequencies are related to the
eigenfrequencies of the non damaged system.

Figure 8: Beam B1 loaded with an additional mass

The excitation of the system is ambient and the duration
of one set of measurements of the vibrations lasts 20
minutes.

(a) unloaded system

3.2 Influence of the "damage" on the
eigenfrequency
The damage in the cross section was simulated by a cut
in midspan with different depths. The eigenfrequency
was measured for every depth within 5mm steps. A
modal analysis was performed at every 5 mm depth of
the cut.
In Fig. 9 the measured eigenfrequencies for different
depths of the damage are shown.

(b) loaded system
Figure 10: Ratio of the eigenfrequencies of the beam at
different stages of the damage related to the eigenfrequency of
the non damaged system

As can be seen, the eigenfrequencies drop within
increasing size of the damage (see Tab. 1).

(a) unloaded system

(b) loaded system

Figure 9: Measured eigenfrequencies with different
depths of the "damage"

Table 1: Ratio of the eigenfrequency depending on the
depth of the damage
eigenfrequency
depth
1st 2nd 3rd
unloaded beam
20mm
0.97 0.92 0.83
40mm
0.75 0.79 0.78
55mm
0.70 0.83 0.75
loaded beam
20mm
0.80 0.99 0.91
40mm
0.65 0.92 0.77
55mm
0.61 0.95 0.65
A significant decrease of the first eigenfrequency of
more than 3% can be measured for a damage of the
unloaded beam, and more than 20% for the loaded beam.
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However the 2nd frequency drops although the damage
is in midspan and should not affect the second
eigenfrequency, since the eigenmode leads to a value =0
at midspan (see Fig. 11).

f2
Δm

frequency of beam with additional mass
applied additional mass

However the applied load is not a uniform distributed
load as required in the equation, but consists of single
loads. In order to consider these single loads, the energy
of these loads in dependency on the eigenmode is
determined. The value of the uniform distributed load is
determined by the equality of the energy of the single
eigenmode.
With the measured first eigenfrequencies of the loaded
and the non loaded system, the mass of the beam can be
determined to 2,86kg/m. The weighing of the beam leads
to a mass of 3,08kg/m, which leads to a difference of
9%.
Table 2: Measured first eigenfrequency of the beam

Figure 11: 1st and 2nd eigenmode of the measured
beam
Therefore no bending moment should exist in midspan.
Up-to-now the reason for this influence is not known,
however additional tests – e.g. determination of the MoE
– will be performed on this type of beams in order to
identify the reason for this behaviour.
Generally spoken, the eigenfrequencies are influenced
by the depth of the damage. So it should be possible to
identify damages at a certain stage by comparing the
eigenfrequencies between those stages. One focus of the
ongoing studies will be the clarification, whether the
damage can be recognized and which accuracy of the
measurements is required in order to predict the damage
in time.

4 Comparison between measurement and
evaluation

without additional mass
with additional mass Δm

18.707Hz
14.437Hz

Applying this determined weight and the frequency of
the non loaded system in Eq. 6, a MoE of 12914 N/mm²
can be determined by
(8)
This MoE has not been verified experimentally so far,
however this parameter will be determined by a fourpoint bending test at the end of the test series.
4.2 Numerical simulation of the damage
With the input values, the eigenfrequencies of the beam
with different depths of damage have been determined
by solving Eq. 5. As can be seen in Fig. 12 the
evaluation according to Eq. 5 overestimates the results.

4.1 Input values
For the determination of the eigenfrequency geometrical
parameters as well as parameters related to the cross
section need to be known. The geometrical values can be
easily measured, whereas the bending stiffness as well as
the mass can often not be directly measured. For that
reason cubes made of alloy were placed on the beam and
the eigenfrequency was measured for the loaded
configuration. Based on
(6)
the influence of the additional mass Δm on the frequency
can be determined by

(7)
where

m
f1

unknown mass of the specimen
frequency of beam without additional
mass

Figure 12: Comparison between test and evaluation of
the 1st eigenfrequency of the unloaded system
The modelling of the damage is one important
parameter. According to Eq. 4 the stiffness of the cross
section is fully active until the edge of the damage. In the
range of the damage it suddenly drops to the stiffness of
the reduced cross section. So no transition is considered.
Therefore it is expected, that the stiffness representing
the damage according to Eq. 4 is overestimated.
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To consider the transition from the damage to the non
damaged range, it is assumed that the stresses are spread
and the damaged depth decreases in a ratio depth:length
equal 1:2 parallel to the grain, so the effective cross
section increases continuously (see Fig. 13).

Figure 15: Comparison between test and evaluation of
the 3rd eigenfrequency of the loaded system

Figure 13: Reduced cross section for the determination
of the effective stiffness representing a damage
If the system is loaded, differences even in the first
eigenfrequency occur (see Fig. 14).

However the tendency of the reduction of the
eigenfrequency depending on the depth of the damage
can be seen. One influence on the difference between the
evaluation and the measurements is, that the measured
eigenfrequency drops from the non-damaged system to a
damage size of 5mm. The evaluation does not show this
dropping of the frequency between those two states.
However the non damaged status was used in order to
identify the parameters for the evaluation (see Eq. 7 and
Eq. 8).
The behaviour of the eigenfrequency can be modelled
even if there are larger differences. Within the shown
results of one test the evaluation depends less on the
damage depth than the measurements. Therefore it is
expected, that the monitoring of the eigenfrequency
could be one tool in order to identify damages in an early
stage. However within the ongoing studies these
preliminary conclusions will be validated against
additional tests.

5 Reverse identification of the damage

Figure 14: Comparison between test and evaluation of
the 1st eigenfrequency of the loaded system
At the moment no systematic error can be identified,
since the influence of the 3rd eigenfrequency of the
loaded system can be modelled with a sufficient
accuracy (see Fig. 15) in difference to the 1st
eigenfrequency (see Fig. 14).

The original goal of these studies was the identification
of existing damages without the knowledge of the
bending stiffness as well as the mass.
Since there are 4 unknown parameters in Eq. 5 as
•
•
•
•

mass m
bending stiffness EJ and especially the MoE
location of the damage x
depth of the damage

four solutions of Eq. 5 and four eigenfrequencies,
respectively, need to be known. However in Eq. 5 the
mass as well as the bending stiffness are part of a
fraction, so the values themselves cannot be determined
directly by a numerical solution process. However the
bending stiffness needs to be known separately from the
mass. For that reason, one eigenfrequency has to be
considered with an additional mass.
Within the solution process the parameters are adjusted
until the measured eigenfrequencies fit to the evaluated
eigenfrequencies. If the parameters of Eq. 5 are
determined by means of a "normal" Newton-iteration,
the parameters are adjusted until the error is negligible.
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However Eq. 5 has several zero-crossings. These zerocrossings represent the eigenfrequencies (see vertical
lines in Fig. 16).
A "normal" Newton-iteration could solve the equation at
the wrong eigenfrequency. For that reason, the numerical
solution by means of the Newton-iteration was modified,
that it first checks the number of the eigenfrequency,
determines the values and the numerical derivations at
the regarded point.

Figure 17: Influence of the differences between the
evaluation and the measurements on the determined
parameters

Figure 16: Error of Eq. 5
Nevertheless the solution process has some limitations:
• The crossing of the value x over the peaks of
the eigenmode, related to the used
eigenfrequencies, is not possible in the current
version of the iteration process. Therefore the
starting point of the value x should be chosen in
between the peaks and several iterations are
necessary.
• Due to the symmetry of the eigenmodes related
to midspan, only the distance from midspan to
the position of the damage x can be determined.
It is not possible, to determine, whether the
damage is on the left hand side or on the right
hand side of the midspan. Nevertheless it
should be possible to identify, whether a
damage exists or not.
Beside these limitations the exactness of the measured
values can influence the reverse identification. As shown
in Fig. 12 to Fig. 15 there are differences between the
evaluation and the measured values (see Tab. 3).
Table 3: Ratio between the measured and the evaluated
eigenfrequencies
eigenfrequency
1st
2nd
unloaded 0.94
0.75
loaded
0.81
0.84

As can be seen the MoE is hardly influenced by the
derivation of the input values, whereas the mass is
influenced the most. Concerning the thickness in the
range of the damage, the evaluated thickness is
influenced the most between 90% and 100% of the
existing differences. So even the thickness of the cross
section in the range of the damage can be determined in
a sufficient way except for range between 90% and
100% of the differences between the measurements and
the evaluation. This comparison is not a general
conclusion, but it shows, that the differences may affect
the results.

6 Conclusion and outlook
Within the study it can be shown, that in principle a
damage can be determined by the monitoring of the
eigenfrequencies as long as the damage is within a
certain range. So this method could have the capability
for the monitoring of bridges in order to detect damages
in an early stage.
However several parameters could influence the results
of the measurements and therefore the drawn
conclusions. So within the scope of the ongoing studies
following points will be studied in detail among others:
•

•
•
•
•
•

How large is the influence of the accuracy of
the measurements, if the equipment is
assembled and after the measurements
demounted?
What is the impact of the changing surrounding
conditions mainly the moisture content of the
timber at different points in time within a year?
Which method for the excitation of the system
is the best and most suitable for the practical
application?
Are the studies transferable to other structural
systems than a single span girder?
What is the effect of the equipment of the
bridge as guardrail on the eigenfrequencies and
the drawn conclusions respectively?
Can the damage be identified early enough, or
is the influence of the damage on the
eigenfrequency too low to be detected in time?

WCTE 2016 e-book | 4683

If these questions are solved within the ongoing studies,
the measurements of the eigenfrequencies might be one
possibility for the examination of elements subjected to
bending as e.g. bridges. One advantage of this method
would be, that the results of the assessment of structures
will depend less on the experience of the examiner as it
is today.
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APPLICATION OF FRP COMPOSITES IN ENHANCING THE SERVICE
LIFE OF TIMBER BRIDGES IN SEVERE DECAY ZONES
Vijaya Gopu1

ABSTRACT: The U.S. has over 50,000 bridges in which timber is utilized in the superstructure and substructure of
bridges. These timber bridges are used extensively in secondary roads for a number of reasons. A variety of factors make
the use of timber bridges on secondary roads to be attractive to the local authorities with the primary factor being the
lower cost. A very significant percentage – over 50 percent – of the timber bridges in the country are either structurally
deficient or functionally obsolete. While the service life of a properly constructed and detailed timber bridge can be
comparable to or better than that of steel or concrete bridges, a deficiency in these two areas have adversely impacted the
durability of timber bridges. This paper discusses details of the study undertaken to assess the condition of in-service
timber bridges and identify the key factors adversely impacting the durability and performance of timber bridges. The
study led to investigation of the suitability of the application of FRP in timber bridge construction and rehabilitation to
improve durability, reduce maintenance costs and maintain the design load rating. Examples of application of the
recommended repair/rehabilitation methods using FRP are presented and recommendations for improving the service life
of timber bridges are discussed.
KEY WORDS: Timber bridges, FRP, rehabilitation, durability, service life

1. INTRODUCTION
In the U.S. wood accounts for over 50 percent of all the
construction material used in residential and nonresidential buildings. However, its use in non-building
related construction is limited for a number of reasons
related to the demands of the structures involved. Only
ten percent of the bridges in the U.S. use timber in the
superstructure and a higher percentage use timber in the
substructure. With nearly half of the nation’s timber
bridges classified as structurally deficient or functionally
obsolete, it was important to understand the factors
contributing to their durability, service life and
performance. The condition of a select group of bridges
in four southern states in the U.S. – Alabama, Georgia,
Louisiana and North Carolina – which have the most
severe decay hazard for wood were assessed with the
assistance of the departments of transportation in these
state. The factors contributing to the poor performance of
some of the bridges and the potential for use of FRP to
enhance the durability and service life of these bridges is
discussed in the paper.

2. INSPECTION OF TIMBER BRIDGES
IN SEVERE DECAY ZONES
The bridges inspected in the study represented those
subject to harsh environmental service conditions. The
bridge clusters selected were located in Alabama,
Georgia, Louisiana and North Carolina and in zones
classified as Severe or High Decay from a durability
perspective. The location of the bridges is shown in Fig.
1 and include the coastal and marsh regions of the Gulf
Coast, low lying areas in the lower Mississippi delta plain,
areas outside major river flood plains, mountainous areas
with significant annual rainfall, and areas close to the midAtlantic coastline. The blue stars on the map in Fig. 1
represent the states involved in the study.

_________________________________________________
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Fig. 1 Wood Decay Hazard Map (American Wood
Protection Institute)
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3. TYPE OF TIMBER BRIDGES
INSPECTED
In order for a bridge to be classified as a timber bridge, it
must have timber components in the superstructure.
These components are generally either the stringers or
decking. A majority of timber bridges have both the
stringers and decking made of timber; however, it is not
unusual to find the decking to be a cast-in-place concrete
type. A small percentage of timber bridges have steel
stringers with wood decks spanning these stringers. The
presence of wood piles and pile caps does not impact the
classification of timber bridges, though it is these piles
and pile caps that impact the performance and durability
of bridges to a significant degree.
The thirty-one bridges that were inspected in this study
represented five different bridge types based on the
decking material, stringers, wearing surface, and
substructure. The differences in the five bridge types are
evident from the information provided in Table 1.
Bridges on state highways and major local roads
invariably have an asphalt wearing surface over either
timber or concrete decks. Bridges with wearing surface of
gravel or running planks are usually located in rural areas,
national and state parks, and forest service roads with low
average daily traffic (ADT).
Table 1 Bridge Types
Bridge
Type
A
B
C

4.

Decking
Timber
Plank
Timber
Plank
Timber
Plank

Wearing
Surface
Asphalt
Gravel
Running
Planks

D

Concrete

Asphalt

E

Timber
Plank

Asphalt

Stringers
Sawn
Lumber
Sawn
Lumber
Sawn
Lumber
Sawn
Lumber
Glulam
Timber

b.
c.
d.
e.

f.

pile caps, stringers and deck. All observations
were documented by written notes and hiresolution photographs.
Hammer sounding of the components to detect
areas of concern and marking the suspect areas
for further evaluation.
Measurement of moisture content in areas
where decay was observed or suspected.
Measurement of sound velocity using an
acoustic tool in areas of decay or suspected
decay.
Determination of micro-drill resistance of the
wood in areas of decay or suspected decay. The
micro-drill permits the assessment of the level
of internal decay in the wood member. The
lower the resistance the higher the level of
deterioration/decay in the wood.
Documentation of micro-drilling operation with
digit videography.
Documentation of flawed construction details
responsible for triggering decay in timber
members through field notes and hi-resolution
digital photography.

The following figures illustrate the various steps involved
in the inspection protocol. The data collected by the
author during the condition assessment of the bridges
using this structured protocol has enabled the
determination of the impact of flawed construction details
on the performance of the bridge.

Piling
Timber
Timber
Timber
Timber
Concrete

CONDITION ASSESSMENT
PROTOCOL

A protocol for conducting the bridge assessment was
established by the USDA Forest Products Laboratory to
ensure that the assessment was conducted in a rather
uniform fashion by the various teams conducting bridge
assessment in different regions of the country. The
protocol invoked the use of the standard timber bridge
inspection methods used by the various state departments
of transportation and coupled them with the use of
advanced technology tools.
The various steps involved and required in the inspection
were the following:
a.

Visual inspection of the condition of all the
timber components in the bridge, namely, piles,

Fig. 2 Labeling of Members and Marking of Decay Areas
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Fig. 3 Hammer Sounding of Timber Piles
•

Hammer sounding is a rapid condition assessment
method that the bridge inspectors are familiar with.
The inspectors are tuned to detecting the hollow
sound from a deteriorated pile that has been struck
by their hammer. This capability permitted the use
of advanced technology tools in a very efficient
manner.

Fig. 6 Resistance Microdrilling to assess condition of
stringer

Fig. 7 Resistance Microdrilling to assess condition of
pile suspected of being hollow

Fig. 4 Determing moisture content of wood deck with
moisture meter
•

The detection of high moisture content by the use of
moisture meter indicated moisture access and
penetration in the member. High moisture content
in interior stringers and interior sections of the deck
indicated that moisture was moving through the
wearing surface to the timber elements in the
superstructure.

The resistance microdrill was utilized to determine the
level of deterioration in structural member in the zones
where decay was suspected through hammer sounding
and moisture content determination. The resistance plots
were obtained for each drilling operation and used for
additional assessment of the bridge condition. The holes
caused by the microdrill machine was so small that it was
hard to find them once the drilling operation was
completed. The information gained from a microdrill
cannot be obtained by conventional methods without
inflicting considerable damage to the member.

5. CHALLENGES IN BRIDGE
INSPECTION
a.

Fig. 5 Picture Illustrating the Deployment of Sound
Velocity Measurement Device

The use of the resistance micro-drill in tall
bents is extremely difficult because of having to
climb the braces to access the superstructure
components. Operating the micro-drill while
hanging on to a brace is an enormous challenge
and quite dangerous.

WCTE 2016 e-book | 4687

b.

The operation of the micro-drill in very low
clearance bridges is also problematic.

c.

The use of advanced technology tools and the
documentation of the observations requires an
inspection team consisting of at least three
members as opposed to two members that are
involved in standard bridge inspections.

6. DETERIORATION FACTORS
Based on the field assessment of the bridges, a number
of factors contributing to the deterioration of timber
bridges elements were identified. These factors are
discussed below:
a.

b.

c.

d.

The bridge piles were not protected from decay
in the wet-dry zones and this contributed to the
decay in the piles. The use of inexpensive
treatments to retard or inhibit biological
degradation was ignored. Simple measures
could have extended the service life of the piles.
The failure to seal the end grains of pile caps,
decking boards, abutment boards and railing
posts permitted moisture penetration into these
members. This moisture penetration is the
primary cause for the biological degradation of
these members.
Cracks in the asphalt overlay over the timber
decking boards led to the seepage of moisture to
the top of the decking boards. The presence of
moisture contributed to the decay of the decking
boards over a period of time. Given that the deck
is flexible, it is expected that the asphalt overlay
will crack over time. Moisture seepage through
the asphalt overlay could have been prevented by
installing a durable vapor barrier between the
decking board and the asphalt overlay.
Moisture dripping from the decking boards led
to the wetting of the top of stringers that suffered
decay over a period of time.

The continuous wetting and drying of the timber
components that had access to moisture had a negative
impact on the durability of the bridge. Construction of
timber bridges without consideration of the unique
physical properties of wood is a major contributor to the
deterioration of the timber bridge components.
Disregarding the impact of moisture on the durability of
wood in high decay zones is a definite recipe for a reduced
life span. Figures 8-14 provide details of the decay
observed during the inspection. Utilizing FRP material in
a strategic way can very effectively retard, and even
prevent, decay of the bridge components.

Fig. 8 Decay of Pile in the Wet-Dry Zone

Fig. 9 Exposure of Pile and Abutment to Moisture

Fig. 10 Crushing of Pile Cap
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Fig. 11 Deteriorated Boards in Abutment

Fig.14 Deteriorated Decking Boards with Exposed End
Grain

7. USE OF FRP TO ENHANCE THE
DURABILITY AND PERFORMANCE
OF TIMBER BRIDGES
The study clearly indicated that there is a tremendous
opportunity to utilize advanced materials – in particular,
FRP – in both the rehabilitation of decayed timber
elements and initial construction of timber bridges. The
bridge maintenance personnel need adequate information
to accept the deployment of FRP repair techniques and use
of this material to improve the timber bridge performance.

Fig. 12 Deteriorated Pile Cap with Exposed End-Grain

The use of FRP in a strategic manner in the repair and
rehabilitation of these bridges can significantly enhance
the service life while reducing the maintenance costs. The
use of FRP material can prevent, and even eliminate,
moisture related decay and degradation and thereby make
timber bridges an attractive and economical alternate to
concrete and steel bridges on secondary roads. FRP can
be deployed in the following areas to improve the
durability and long-term performance of repaired,
rehabilitated and new timber bridges.
a.

b.

c.
Fig. 13 Crushing of Girder at Pile Cap

d.

Top of pile caps and stringers: FRP flashing can
prevent moisture access to these two major load
carrying members. Figure 13-14 shows the
application of the flashing.
End-grain of pile caps, decking boards, abutment
boards and railing posts: A durable resin
impregnated with FRP fibers can be used to seal
the end grain to prevent moisture access. Figure
15 shows the sealing of end grain in these
members in a timber bridge.
Pile wet-dry zone: The timber pile can be
wrapped with FRP to prevent moisture access to
the pile in the wet-dry zone. Proper preservative
treatment using cooper borate rods need to be
provided prior to installing the FRP wrap. This
wrap and preservative treatment can be used for
spliced piles and non-spliced piles. Figures 16
shows the FRP wrap of timber piles in the wetdry zone.
Back side of abutment decking boards: FRP
sheets need to be used on the back side of the
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abutment boards to act as a secondary waterproofing layer to prevent moisture access to
these boards.

Fig. 17 Decking Boards & Railing Posts Sealed with
Resin to Prevent End Grain Moisture Penetration

Fig. 15 FRP Flashing on Stringers to Prevent Moisture
Damage

Fig. 18 FRP Wrapped Pile with FRP Flashing to Prevent
Moisture Penetration through Top of Pile

5. SUMMARY AND CONCLUSIONS

Fig. 16 FRP Flashing on Pile Cap for Moisture
Protection

The assessment of timber bridges that have been in service
for several decades has clearly shown that these bridges
could easily exceed their design life if they were built with
the proper design details required of structures built with
timber. The lack of these details and the consequent decay
of critical elements of the bridge have contributed to
current attitude of most of the state transportation
agencies to avoid construction of new timber bridges and,
if possible, replace those requiring rehabilitation with
concrete or steel bridges. The deployment of FRP can
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change the current situation by enhancing the durability
of these bridges. The following conclusions are drawn
from the study.
a.

The deterioration of the decking board can be
halted by introducing a durable vapour barrier
between the asphalt overlay and the decking
boards.
b. Flashing over the stringers and pile caps is
essential to deflect water away from the members.
c. The end grain of all timber members must be
sealed to prevent moisture access that can lead to
biological degradation of the member.
d. Adequate vapour barriers have to be provided
behind the abutment boards to prevent their decay.
e. Timber piles must be protected in the wet-dry zone
by both preservative treatment – long-term
treatment – and a sealing system that prevents
moisture access.
f. Proper construction details must be made available
to the designer and bridge owners to render them
competitive.
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LATEST DEVELOPMENTS IN TIMBER BRIDGE CONSTRUCTIONS
Frank Miebach Dipl.-Ing. (FH)1, Dominik Niewerth B.Eng.2
ABSTRACT: The technology of gluing in wood construction has evolved considerably in recent years. This has been
shown especially in timber bridges that Glulam is now the main building material. A further development is the socalled block gluing, which provides a good basis for supporting structures. Numerous bridges, especially in central
Europe, appeal by unique design and monolithic and solid construction. These structures base on two main
developments: block lamination of glulam and the composite of timber and concrete to one structural system.
KEYWORDS: timber bridges, glulam structures, block lamination, timber concrete composite, timber granite hybrid,
monitoring,
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1 INTRODUCTION
The history of bridge construction has always been
connected to the technical state of the art. It started with
applications of natural material as stones and wood.
During the industrialization construction materials
changed to steel and afterwards to concrete and high
developed wood constructions got displaced by concrete
or steel structures. Due to a mind change to ecological
matters there is a rediscovery of wooden structures in the
last decade. And the characteristics of wood –light but
strong, easy to process – push this natural material into
focus of architectural interests.
Glulam is a structural timber product consisting of
number of layers glued together to a certain cross
section. Further it is possible to block laminate a number
of glulam beams together to achieve bigger cross
sections. Block lamination generates massive timber
cross section to achieve loadbearing structures for large
spans with a thin side view.
In the year 1989 the first modern, block laminated timber
bridge was built in Germany. Since then many various
bridges have been designed with these structures – with
tendency to rise. And a new architectural approach will
increase the idea of solid timber building.

2.2 Block laminated structures
Block lamination generates massive timber cross section
to achieve loadbearing structures for large spans with a
thin side view. Block lamination comprises three main
steps: limitless gluing of lamellas through finger
jointing, gluing layers of lamellas to a glulam beam and
finally gluing numbers of beams to a massive block.
A certain form like a curve is created in step 2
“lamination of layers”. The curve is always vertical to
the narrow side because flexibility of the boards relates

2 MAIN TEXT
2.1 Glulam structures
Timber constructions have their own industrialization,
but with some retardation. In 1906 a German Otto Hetzer
patented the gluing of wooden beams. The modern gluelamination was born. Glulam is a structural timber
product consisting of number of layers glued together to
a certain cross section. Additionally it is possible to
block laminate a number of glulam beams together to
achieve bigger cross sections.
This invention provides the possibility to produce
wooden beams with huge dimension in a constant
quality: length of 50m and more, width and heights of
3m and more. The gluing process even offers the
possibility to produce curved elements or even twisted
elements. This allows thinking and constructing in free
forms.
Since 40 – 50 years glulam is used in halls – not just for
the roof but also for the posts – and reaches a respectable
market share by now. Wooden bridges are on the rise
since almost 15 – 20 years.
There is a diversity of reasons for using of timber in
bridges. For example, prefabricated large-sized parts are
easy to handle and assemble because of their lower
weight - a well-known advantage for economical
constructions.
The durability of the construction often is discussed
seriously because latest planning often does not consider
historic knowledge as constructive wooden protection.
The development of gluing technology including block
lamination is a type of the retarded timber
industrialization.

Figure 1 process of block lamination
to the thickness. Therefore smaller radiuses require
thinner lamellas.
According to the required form a block laminated beam
may have a curvature in top view or in side view. The
difference in production is
a) Horizontal block lamination (curvature in side view)
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Figure 3 vertical block lamination

Figure 2 horizontal block lamination (examples)
or b) vertical block lamination (curvature in top view).

Even twisted forms are possible. Twisted beams are
curved in two axes. The first curvature is generated in
step 2 “lamination of layers” as usual. Afterward a
horizontal band saw cuts the curved beams into thin
layers. These thin layers are sufficient flexible to be
curved again in a second direction during block
lamination.

Figure 4 block lamination of twisted beams
A part from curved gluing, through block lamination
stepped beams are feasible both in cross section and in
longitudinal section. There for glulam beams with
different height or length are block-laminated to one
block beam.
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the static needs. The concrete slab usually has a
thickness of at least 20 cm and has several functions:
road decking, carrier plate for the dispersal of transverse
loads and constructional wood protection.

Figure 5 trepped block-laminated timber
2.3 Timber-concrete-composite bridges
The increasing role of ecology and sustainability of
building materials more and more influences
construction industry and leads to a rethink on site of the
builders. The symbiosis between wood and concrete has
the best conditions to meet all resulting claims.
Constructions of massive wood beams statically
connected to a concrete slab on the upper side ensuring
optimum utilization of the material specifications of both
materials. In this case the wooden cross-section is
considered to take tensile forces and the concrete slab
takes the pressure forces. Special connectors ensure the
interaction of timber beams and concrete slab to get a
more effective loading capacity and serviceability.
Advantages in comparison to conventional timber
bridges:
- higher load capacity with lower height of construction
- good structural wood protection through cantilevered
concrete slab on the top side
- optimal load spreading of point loads by the concrete
slab
- better cross bracing
- use of proven details in connections to the concrete
Advantages in comparison to conventional concrete
bridges:
- lower weight of the superstructure and thus more
efficient structure
- fast and efficient installation with high degree of
prefabrication without extensive formwork
- cost savings in foundation and the abutment
- improved energy balance and eco-balance,
sustainability through CO ² reduction
2.3.1 HBV-shear connector
The HBV-shear connector by TiComTec (Haibach GER) is an expanded metal part that is glued
perpendicularly into the wooden structure. The
dimension and number of connectors is determined to

Figure 6 shear connection by HBV-shear connector
2.3.2 Head bolts
As known from steel-concrete bond structure in this
alternative the connecting parts between wood and
concrete are steel bars with welded head bolts. The bars
fit exactly into milled kerfs and are fixed with screws.
To achieve an efficient utilization, the axial distances of
the dowel bars correspond to the traffic load and
transverse force caused by the traffic load.
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Figure 8 shear connection by kerfs

3 TIMBER – GRANITE-HYBRIDE
A hybrid structure refers to techniques where the
advantages of two technologies or materials are
combined optimally together.

Figure 7 shear connection by head bolts
2.3.3 Kerfs and Glued in reinforcement bars
The shear connection in this type of timber concrete
composite is implemented by a combination of kerfs and
glued-in steel bars. The kerfs are milled in transverse
direction and transfer shear forces (from longitudinal
direction) into compressive forces to the vertical sides of
the kerfs. To avoid a lifting of the concrete additional
fasteners or connectors are considered (e.g. glued in
reinforcement bars).

So the combination of a carrying timber structure with
granite as a bridge flooring material brings interesting
prospects:
Two natural materials with different properties: timber
has a high tension (and good pressure) capacity, but
needs protection against weathering. And granite with its
high compression capacity is a waterproof material. So
it’s attractive to combine both materials for bridges.
Research projects engage in the idea of combining it also
statically with shear connectors.

4 INSPECTION AND MONITORING
Bridge structures are part of the traffic infrastructure and
therefor part of administrative structures. Owner of the
structures are mostly government institutions such as
municipalities, counties or the federal government.
Regular inspections are standardized in Germany by
DIN 1076. Within the planning phase accessibility for
inspection as well as possible renovation or replacement
of components of a bridge structure need to be
considered.
Typical damages in timber constructions are caused by a
high level of moisture that allows growth of wood-
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destroying organisms. The German national Appendix to
the European Standard EN 1995-2 differs between
protected and unprotected timber bridges. Protected
timber bridges require a constructional protection of all
structural timber elements against weathering e.g. by
lateral claddings and a covering of the top sides. In this
way protected bridges have a significantly longer
lifetime and require significantly less maintenance than
unprotected structures. Nevertheless a leakage in the
sealing may lead to a higher moister level that may cause
decay. Such leakages must be detected quickly to avoid
moisture getting into the timber parts. Appropriate
monitoring systems can help to detect leakage or
moisture sources at an early stage and thereby reduce
possible damages and restoration costs.

electric potential. Once the sealing gets permeable and
moisture gets in contact to the membrane an electronic
signal is generated. The membrane is connected to a

4.1 Permanent moisture control
One type of monitoring system is the permanent control
of wood moisture. Sensors that measure the level of
wood moisture are placed inside a wooden element.
Figure 9 leakage control membrane
installed on a timber beam
digital system that raises alarm by sending an email to
the client, once the electronic signal occurs.

5 CONCLUSIONS

Figure 10 permanent control of wood moisture

A changed awareness on ecological matters is the proper
basis for timber bridges. Timber is the one and only
material that saves and stores CO2 permanently. And the
technical possibilities are still growing. For example,
researches on modern glues and gluing methods show in
near future glues will be more efficient (temperatureresistant and the level of bonding pressure during the
gluing process will be halved from 0,4 N/mm2 to 0,2
N/mm2). Against this background the combination of
block lamination and timber-concrete-composite is the
beginning of the latest development: The comeback of
timber bridges as adequate road bridges.

6 Reference list:

Figure 11 data output of a wood moisture recorder
The data is collected in a logbook and can be send online
to the client or is read out in a certain period.
4.2 Automatic location of leakage
Another type of monitoring is the permanent control
functional test of a sealing. Therefore a fibrous web or
membrane is placed between the timber structure and the
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DUCTILE CROSS LAMINATED TIMBER CLT PLATFORM
STRUCTURES WITH PASSIVE DAMPING
Ash an Hash mi1, W i Y. Loo2, R a Masoudnia3, Pouyan arnani4,
Pi rr u nn ill
ABSTRACT: Multi-storey platform cross laminated timber (CLT) structures are becoming progressively desirable for
engineers and owners. This is because they offer many significant advantages such as speed of fabrication, ease of
construction, and excellent strength to weight ratio. With platform construction, stories are fixed together in a way that
each floor bears into load bearing walls, therewith creating a platform for the next level. The latest research findings have
shown that CLT platform buildings constructed with traditional fasteners can experience a high level of damage especially
in those cases where the walls have adopted hold-down brackets and shear connectors with nails, rivets or screws. Thus,
the current construction method for platform CLT structures is less than ideal in terms of damage avoidance. The main
objective of this study is to develop a low damage platform timber panelised structural system using a new configuration
of slip friction devices in lieu of traditional connectors. A numerical model of such a system is developed for a low rise
CLT building and then is subjected to reversed cyclic load simulations in order to investigate its seismic performance.
The result of these quasi-static simulations demonstrated that the system maintained the strength through numerous cycles
of loading and unloading. In addition to this, the system is capable of absorbing significant amount of energy. The findings
of this study demonstrate the proposed concept has the potential to be developed as a low damage seismic solution for
CLT platform buildings.
KEYWORDS: Cross Laminated Timer, Low damage, Slip friction, Rocking walls, Platform construction.

1 INTRODUCTION
In recent years, Cross Laminated Timber (CLT) has been
widely used for different types of buildings such as
offices, commercial buildings, public buildings and multistory residential complexes. In most cases, the platform
method of construction is adopted. This method is
perfectly suited for low rise to medium rise structures. The
term “platform method” derives from the method of
construction where the stories are like stacked shoe boxes
joined together in a manner that each floor bears into load
bearing walls, thereby creating a platform for the next
level. The platform method is especially suited to
structures which have a cellular plan. Internal wall panels
can then be used to contribute to the cellular form and are
used as load bearing components in addition to resisting
the lateral loads. Typically, vertical loads from the walls
and floors are supported by CLT wall panels which are
connected to each other and to the floor panels
1
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by mechanical fasteners such as nailplates, rivets or
screws. Since these panels are also the main lateral load
resisting members, extensive research on the seismic
behaviour of these structures are being conducted by
many research groups around the world.
The most comprehensive experimental research about the
seismic performance of CLT platform structures has been
conducted within the SOFIE project [1] . That project
included quasi-static tests on a single story building with
different layouts, shake table tests on a three story CLT
building and a series of full scale shake table tests on a
seven story CLT building. The results showed that the
CLT platform buildings with traditional connections are
relatively stiff and can survive destructive seismic events
with minimum damage. However, a number of
connections (such as nailed hold-downs and nailed shear
brackets) failed in bending and some withdrew from the
timber elements.
Additionally,
high response
accelerations particularly in the upper levels with a
maximum acceleration of 3.8 g were recorded.
Accelerations this high obviously have the potential to
cause serious injury among the occupants, and it is
desirable that a method to reduce them is considered.
Popovski et al. investigated the seismic response of the
CLT wall panels of various arrangements and connection
layouts [2,3]. It was concluded that these walls have
adequate lateral resistance when nails or slender screws
are used together with steel brackets. Moreover, the use
of hold-downs with nails at the corners of the walls were
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proven to further improve the resistance to overturning
from the lateral forces.
Garvic et al. experimentally investigated the cyclic
behaviour of single and coupled CLT walls with different
connections [4]. The test results confirmed that the layout
and design of the connections govern the overall
behaviour of the wall. While in-plane deformations of the
panels were almost negligible, the observed plastification
in the connection parts lead to local failure in the system.
Popovski et al. conducted a series of full scale quasi-static
tests on a two story CLT house [5]. No global instability
was observed even when the maximum force was
reached. Regardless of the rigid connection between the
floors and walls, rocking movement of the wall panels
was not totally restricted by the floor above.
Yasumura et al. studied the mechanical performance of
low-rise CLT structures with large and small panels
subjected to reversed cyclic lateral loads [6]. They
concluded that in the buildings with small panels, rotation
of the panels was the major cause of the total deformation
of the building. They also proposed a numerical model to
predict the seismic behaviour of such structures.
Regardless of the adequate seismic resistance of the
abovementioned CLT platform buildings, in almost all
cases, the connections suffered from large inelastic
deformation by the end of the earthquake or by the end of
the cyclic test [7],[8]. This means that many of these
connectors should be repaired or replaced after a major
seismic event. This study introduces a new low damage
seismic solution for CLT platform structures where
traditional connectors are replaced with slip friction
devices. This system is capable of dissipating large
amount of seismic energy while avoiding inelastic
damage to its elements through numerous cycles of
loading and unloading. The performance of this system is
investigated by quasi-static simulations with reversed
cyclic load regimes.

2 ROCKING TIMBER WALLS WITH
SLIP FRICTION CONNECTIONS
Passive sliding friction dampers were originally utilized
for steel structures. Popov et al. introduced the symmetric
slotted bolted connection which dissipates energy through
friction while producing equilateral load-deformation
loops in tension and compression [9].
Clifton et al. proposed the Asymmetric Sliding Hinge
joint for steel moment resisting frames which had nonrectangular yet stable hysteretic behaviour [10]. For the
first time in timber structures, Filiatrault utilized the
sliding friction devices for timber sheathed shear walls
[11]. His studies demonstrated a noticeable improvement
in the hysteretic behaviour of the walls compared to
traditional timber shear walls. Large amounts of
dissipated energy was also observed at various lateral
drifts up to a maximum of 1.5%.
Loo et al. investigated the application of slip friction
connections as a replacement of traditional hold-downs
for timber Laminated Veneer Lumber (LVL) walls
[12,13]. Their experiments showed significantly
improved seismic performance compared to traditional

systems in terms of stability of hysteretic behaviour and
residual deflections [16]. Additionally, and most
importantly, the timber wall remained in the elastic region
after several quasi static and dynamic numerical analyses.
Figure 1 shows a rocking CLT wall with slip friction holddowns.
represents the applied lateral load at the top of
the wall and represents the applied vertical load to the
wall including the self-weight of the wall and the gravity
loads. Taking the moments about the rocking point of the
wall, the slip force of the hold-down ( slip) can be
calculated by Equation 1.
𝐹𝑠𝑙𝑖𝑝 = 𝐹𝐻

ℎ
𝑏

−

𝑊

(1)

2

When the applied horizontal load at the top reaches the
threshold that the force in the hold-down exceeds , the
sliding is commenced in the device and the wall starts to
rock. It should be pointed out that the in-plane elastic
deflection of a CLT panel is negligible compared to the
displacement due to rocking movement. Therefore, the
elastic deflection of the wall panels are neglected in this
study. In other words, the walls are assumed as rigid
bodies during the rocking movement.
Note that since this study seeks to develop a low damage
concept, all timber members (CLT panels) and their
associated connections must remain in the elastic region.
Therefore, the slip threshold for the friction devices ( slip)
should be specified in a way that the wall start to rock
before any compression or tension failure occurs in the
timber boards within the CLT panel.

∆

h

Figure 1: Rocking all ith slip riction hol - o ns

As shown in Figure 2, slip friction hold-downs are
comprised of several components. The centre plate (the
wall embedded plate) is rigidly connected to the timber
wall with mechanical fasteners. The outer plates clamp
the centre slotted plate in a manner that the centre plate is
sandwiched by them. When the imposed vertical force to
the device overcomes the frictional resistance between the
two surfaces, the centre plate starts to slide and energy
will be dissipated through cycles of sliding. The slip
threshold for a slip friction hold-down can be determined
by Equation 2 where
is the coefficient of friction
between the two surfaces, n is the number of bolts and
is the tension force in each bolt [12].
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𝐹𝑠𝑙𝑖𝑝 = 2µ𝑛𝑏 𝑇𝑏

(2)
1

Slip friction hold-down:
2
(1) Slotted centre plate
(2) Outer plates
(3) Friction bolts through the slotted plate and
outer plates with Belleville washers
(4) Fixed bolt(s) (for symmetric configuration)
(5) Foundation (or the floor below)

3
4
5

Figure 2

lip riction hol - o n connector

3 PROPOSED SYSTEM FOR CLT
PLATFORM CONSTRUCTION
Figure 3 schematically shows the introduced
configuration for CLT platform structures. The wall
panels are designed to resist both gravity and lateral loads.
The proposed concept includes rocking CLT panels with
relatively high height to weight ratio to ensure that the
dominating deformation mechanism is the rotation of the
walls.

Ductile
Link

when the induced lateral load at the top (upper floor
diaphragm) reached a certain amount. Therefore, the
walls are allowed to rock and energy will be dissipated at
the joints.
Moreover, a slotted bolted connection is considered at the
top of the walls that connects the wall to the upper floor.
This connection, which is referred to as a “ductile link”,
is designed to accommodate the relative vertical
displacement between the wall and the floor above while
effectively transferring the lateral forces from the upper
diaphragm to the wall. Figure 3 shows one possible
solution for the ductile link.
During the full scale cyclic test of a two story CLT house
with traditional metal connections, Popovski et al.
reported that the sliding movement between the walls and
floors has the highest contribution to the overall
deformation of the structure [5]. This study focuses on the
rocking movement of the walls (rather than sliding) and
considers it as the dominating deformation mechanism.
With this as the objective, a special low damage shear
connector should be used between the walls and floors to
efficiently transfer the shear forces while it is capable of
accommodating the possible uplift caused by the rocking
movement. Loo et al. proposed a solution for the shear key
and verified its efficiency by experimental tests [13].
Nevertheless, the authors are currently working on
different concepts for shear connectors which will be
incorporated into the proposed structural system.
Figure 4 displays the deformed shape of the system. Out
of plane bending of the floor diaphragm and the
embedment of wall panels into the above and below floors
allows the wall panels to rock about their corners. This is
in agreement with the experimental findings of Popovski
et al. [5] and Yasumura et al. [6].

Gap
Opening

CLT Rocking
Wall
Slip friction
Hold-down

Figure 3 C

panels ith slip riction connections

This configuration allows the individual walls to rock and
provides a ductile response. Additionally, pre-defined
gaps between the adjacent panels are considered to further
increase the ductility of the system as the walls are free to
rotate to a certain level before pounding on each other.
Each panel within the system is connected to the floor
below (or the foundation in the base level) by slip friction
hold-downs. These hold-downs are designed to slide

Figure 4 e orme shape o the propose concept or
C plat orm structure ith slip riction connections
In the proposed concept, steel columns are considered at
the corners and intersections to de-couple the relative
movement of the perpendicular panels due to rocking.
This is necessary to avoid the walls bearing on each other
in bi-directional rocking (see Figure 5). The column are
pin jointed at each floor level.
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Furthermore, the first level had a 2.2 m wide door opening
on the West side. Figure 6 shows the plan view of the
modelled CLT building.
Steel
Column

N
Ductile
Link

(a)

Figure 5 teel columns at the corners to e-couple the
relati e mo ement o the perpen icular rocking alls
The configuration of the connection between the CLT
panel and the steel column are similar to the ductile link
shown in Figure 3. However, in this case the slotted bolted
connection is designed to be able to accommodate the
upward and downward displacements caused by the
relative rocking movement of the panels in both
directions.

4 NUMERICAL MODELING OF A LOW
RISE CLT BUILDING WITH SLIP
FRICTION CONNECTIONS

(b)

Figure 6 lan ie o the mo elle C
a irst story
econ story

structure [5]

4.1 DESCRIPTION OF THE MODEL
The work presented in this section targeted the overall
performance of the CLT platform structures with slip
friction connections under lateral loads. A numerical
model of a two story CLT building similar to the one that
has been tested by Popovski et al. [5] is developed in
SAP2000 [14]. The model is subjected to quasi-static
cyclic horizontal loads in both directions.
The prototype was 6.0 m long and 4.8 m tall with heights
of 2.3 m for both stories. A five layer CLT section with
100 mm thickness (20 mm for each layer) is considered
for both floors and walls. It should be pointed out that for
real CLT structures, the thickness of the floor panels are
normally greater than that of the walls to meet the
serviceability criteria.
Along the East side of the first story, three rocking walls
with 1.6, 1.5 and 0.9 meters width were considered while
along the West side, three 1.3 m wide rocking walls were
modelled. For the North and South sides of first story, four
rocking walls with 2, 1.5, 1 and 1.5 m width were used
(from West to East direction in Figure 6).
For the second story, three 2 m wide walls were
considered on the North and South sides while three 1.6
m wide walls were modelled for the East and the West
sides. In addition to the exterior walls, there were also two
1.6 m width partition walls in the North-South direction
in both stories.
Four 0.8 m by 0.8 m window openings were modelled on
both the North and South sides at both levels while two
window openings with same dimensions were considered
on the East and West sides of the second story.

4.2 SLIP THRESHOLD FOR THE SLIP
FRICTION HOLD DOWNS
In this paper, all of the mentioned rocking walls are
assumed to be connected to the foundation or the floor
below by slip friction hold-downs. Generally, in all low
damage timber structural systems, the key point is that
timber elements must remain in the “elastic” region and
ductile behaviour of the of the system will be provided by
the steel connections. These connections can be
traditional connections with mechanical fasteners such as
nails, rivets and screws or can be more advanced
connectors such as slip friction devices (which are highly
elasto-plastic). Accordingly, the first step in the design
and modelling of CLT rocking walls with slip friction
connections is to determine the maximum tolerable lateral
force at the top ( ) which will allow the wall panel to
remain in the elastic region both before and after the
friction device is activated and the wall starts to rock (see
Figure 1).
While there are numerous analytical methods or
numerical models for analysing LVL walls (and
consequently specifying the lateral load carrying capacity
), there is lack of research studies about CLT walls
under lateral forces with the focus on the timber boards.
This can be mainly attributed to the highly non-uniform
composition of CLT.
In this study, a series of finite element analyses were
carried out using ABAQUS software package [15] to
determine the maximum tolerable
for the seven
different wall configurations in the CLT house prototype
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(0.9 m to 2 m width and 2.3 m height). A five layer CLT
panel with three 20 mm thick longitudinal layers and two
20 mm thick transverse layers with 183 mm width for all
boards within the panel is assumed for all models. This
arrangement of layers represents a conventional
configuration for CLT in the New Zealand market. Table
1 shows the assigned mechanical properties to all timber
borards within the models.

(a)
(b)

Table 1: Material properties of a CLT board (MSG8*)

(MPa)
8000

R

(MPa)
363

(MPa)
363

c

(MPa)
18

t

(MPa)
6

* Grade 8 machine stress graded sawn timber [16,17]
** Principal axes of a timber board [16]

A 3.5 kN/m2 uniform load is assigned to both stories to
represent the permanent loads, imposed loads and the selfweight of the CLT members. Owing to the reason that all
walls within the CLT building have the same height and
thickness, it is assumed that the applied vertical loads in
each story is shared between the walls in accordance with
their tributary area. Table 2 tabulates the calculated
vertical loads for seven different widths for the walls.
Table 2: Calculated vertical loads for rocking CLT walls

Story

Second Story

First Story

Wall

W0.9
W1.0
W1.3
W1.4
W1.5
W1.6
W2.0
W0.9
W1.0
W1.3
W1.4
W1.5
W1.6
W2.0

Height
(m)
2.3
2.3
2.3
2.3
2.3
2.3
2.3
2.3
2.3
2.3
2.3
2.3
2.3
2.3

Width
(m)
0.9
1.0
1.3
1.4
1.5
1.6
2.0
0.9
1.0
1.3
1.4
1.5
1.6
2.0

(kN)
5.14
5.82
7.56
8.15
8.73
9.31
11.64
11.37
11.63
15.12
16.29
17.45
18.61
23.27

To include the effect of axial loads on the elastic lateral
strength of CLT panels, each wall model was analysed
with zero axial load in addition to the two calculated axial
load limits indicated in Table 1. In each model, the applied
lateral force at the top is increased until the normal stress
in one of the timber boards exceeds its permissible
characteristic stress ( c and t in Table 1).
To optimize the efficiency of CLT wall applications, wall
panels have been placed with their outer layers parallel to
the gravity loads [18]. Figure 7 illustrates the general
arrangement of the developed numerical model for CLT
walls. This numerical approach has previously been used
by the authors and demonstrated promising results
[19],[20]. Note that in Figure 7, the wall is flipped
horizontally for better clarity.

(c)

The base
of the wall

Figure 7: umerical mo el o a C
esh c tress istri ution

all panel a

ssem ly

The details of the analysed models and the numerically
obtained values for maximum tolerable
for each model
are presented in Table 3.
Table 3: FH for CLT wall panels

Model

W0.9-1
W0.9-2
W0.9-3
W1.0-1
W1.0-2
W1.0-3
W1.3-1
W1.3-2
W1.3-3
W1.4-1
W1.4-2
W1.4-3
W1.5-1
W1.5-2
W1.5-3
W1.6-1
W1.6-2
W1.6-3
W2.0-1
W2.0-2
W2.0-3

Axial Load
(kN)
0.00
5.14
11.37
0.00
5.82
11.63
0.00
7.56
15.12
0.00
8.15
16.29
0.00
8.73
17.45
0.00
9.31
18.61
0.00
11.64
23.27

(kN)

24.75
24.95
25.11
27.51
27.72
27.90
36.48
36.82
37.05
39.76
40.15
40.42
43.13
43.46
43.82
46.34
46.72
47.08
58.55
59.03
59.48

The relationship between the width to height ratio of the
wall models with different levels of axial loads and
is
displayed in Figure 8. It can be seen that the effect of the
axial load is approximately 2 percent which can be
conservatively neglected. Moreover, the results
demonstrates a linear relationship between the aspect ratio
and the lateral stiffness of the walls.
It should be pointed out that in many of the proposed low
damage solutions for CLT construction, the gravity load
resisting system is separated from the lateral load resisting
system. The results of the presented study shows that the
lateral strength of the CLT walls is not much affected by
the applied axial loads at least in the investigated range of
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the applied load. Furthermore, Figure 8 readily shows that
a CLT panel can be replaced with an equivalent material
providing that it stays in the elastic region.
65.00

No Axial Load

60.00

Roof

Force (kN)

55.00

First Story

50.00
45.00
40.00
35.00
30.00
25.00

0.40

0.50

0.60

0.70

0.80

Width to Height ratio

Figure 8:

i th to height ratio against

Based on the numerically obtained maximum
values
for each wall (Table 3), the slip threshold for slip friction
hold-downs ( slip) is specified by Equation 1 (see Table
4). Note that the resultant forces are multiplied by 0.8 as
the coefficient of safety.

corresponding walls and the targeted lateral drift. For the
walls with 0.9, 1.0, 1.3, 1.4, 1.5, 1.6 and 2.0 width, slot
lengths of 34, 38, 49, 53, 57, 60 and 75 mm were
respectively specified to make the walls capable of 3.75%
rotation which is recommended by the New Zealand
standard as the upper bound limit for a maximum credible
earthquake (MCE) [21]. This numerical technique is
experimentally validated by Loo et al. [13].
To model the ductile links that connect the rocking CLT
wall to the upper floor, an elastic spring link element in
addition to a gap element is used. The elastic spring
element exhibits the characteristics of a rigid connection
in both directions perpendicular to the element except for
the vertical (or longitudinal) translational degree of
freedom which allows the connections to freely
accommodate the vertical movements. The gap element is
considered to restrict the movement in the link to the
upper floor level. Similar configuration is adopted for the
ductile links that connect the CLT walls to the steel
columns. The only difference is that the gap is set to the
slot length because the link has to be able to accommodate
both upward and downward vertical displacements (see
Figure 5).
CLT panels are modelled by layered shell element with
the indicated material properties in Table 1 that is
assigned to each layer according to its angle.

Table 4: Calculated slip thresholds (Fslip)

Story

Second Story

First
Story

Wall
W0.9
W1.0
W1.3
W1.4
W1.5
W1.6
W2.0
W0.9
W1.0
W1.3
W1.4
W1.5
W1.6
W2.0

slip (kN)

5.65
7.24
13.47
16.10
19.01
22.07
36.07
3.56
4.91
10.45
12.85
15.52
18.35
31.42

Slip friction
Hold-down

4.3 NON LINEAR ANALYSIS OF THE CLT
BUILDING UNDER CYCLIC LATERAL
LOADS

Figure 9 umerical mo el o the t o story C
ith slip riction connections

Figure 9 shows the developed numerical model in
SAP2000 for the CLT building with slip friction devices.
To model the hysteretic behaviour of the slip friction
connections, three types of link elements are used. The
multilinear plastic link with kinematic hysteretic
behaviour is used to represent a bi-directional forcedisplacement loop without stiffness degradation through
cycles of sliding. The gap element is used to restrict the
negative vertical displacement in the hold-downs and the
hook element is considered to specify the maximum
displacement, or slot length, in the connector. The slot
length was specified according to the geometry of the

It was decided to apply reversed cyclic lateral loads
instead of displacements to ensure the inverted triangular
distribution of earthquake loads were in conformance
with the equivalent static method in NZS1170.5 [22].
From the non-linear pushover analysis, it is found that
applying a 555 kN to the second story and half of it (277.5
kN) to the first story in the E-W direction, induces 115
mm deflection at the top of the building which
corresponds to 2.5% of lateral drift. Therefore, the
reversed cyclic load regime of Figure 9(a) is applied to the
top floor in a manner that in each cycle, 50% of the force
is applied to the first level. Note that the maximum force

house
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800

1000
800
600

(a)

Base Shear (KN)

was limited to 555 kN for the roof and 277.5 kN for the
first floor.
Following a similar procedure, the load regime in Figure
9(b) is separately applied to the building in the N-S
direction where the maximum load for the roof and the
first level is 608 kN and 304 kN, respectively.
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In Figure 11, the displacement at the top of the building is
plotted against the base shear in both directions. It can be
seen that the initial lateral stiffness of the structure
remained almost intact through a large number of load
cycles. This can be mainly attributed to the low damage
nature imparted by the slip friction devices. The story drift
of the roof level was larger than that of the first level
which is in agreement with findings of Yasumura et al.
during the full scale test of a low rise CLT platform
building [6]. It should be emphasized that the system is
designed in a way that the rocking movement of the walls
is the main source of the horizontal movement of the
floors and elastic deformation of the CLT panels is a
secondary consideration. The slip between the wall panels
and the floors is not considered in this model. However,
in order to have a low damage design, a specifically
designed type of shear connection should be used to
transfer the shear forces from the walls to the floors which
tolerates the gap opening due to the rocking motion.
Because of the low damage characteristic of the proposed
system, the overall strength is maintained throughout the
cyclic tests. This should be compared to the systems with
traditional connectors where the total strength is
drastically decreased after a few cycles and accordingly
the rate of energy dissipation is correspondingly reduced
[12].

It can be seen that the force-deformation behaviour of the
building is close to a flag-shape one. This means that the
system inclines towards self-centring behaviour which is
highly influenced by the vertical loads. In other words, to
achieve a self-centring system, a balanced relationship
between the slip force of the friction devices and the
vertical loads is required. If the damper forces
considerably exceed the gravity loads, self-centring is less
likely to be achieved. On the contrary, much higher
vertical loads will restrict the amplitude of sliding in the
devices, therefore reducing the absorbed energy.
In this study, the slip forces are determined based on the
maximum elastic lateral strength of the CLT panels in
order to address the global behaviour of this new
structural system. However, for real structures, the slip
forces should be designed in a way that the slippage is
triggered by Ultimate Limit State (ULS) earthquake loads.
This means that the slip friction devices represent rigid
connections against wind loads and Serviceability Limit
State (SLS) earthquake loads. Consequently, when the
building is subjected to ULS seismic forces, they start to
slide and energy will be dissipated over the joints while
the rocking movement of the panels provides the required
ductility for the system.
Although the hysteretic loops in Figure 11 represent the
potential for low damage behaviour, further experimental
tests are required to confirm the global behaviour of the
structure and to investigate the possible failure modes of
the system. Despite the fact that the inelastic behaviour is
localized in the slip friction devices, other failure modes
especially in timber members should be accurately
monitored.
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CONCLUSIONS
Results of the quasi-static analyses on a numerical model
of a two story CLT building with slip friction connections
are presented in this paper. The objective was to
investigate the cyclic behaviour of the model under lateral
loads. To determine the slip threshold for the slip friction
devices, series of rigorous finite element models were
analysed in ABAQUS. The results showed that effect of
axial loads on the lateral strength of the CLT panels is less
than 2 percent for the investigated range of axial loads.
When a reversed cyclic lateral load regime is applied to
the structure instead of displacements to ensure the
inverted triangular distribution of earthquake loads in
accordance with the New Zealand standard, the results
showed that the system maintained its initial lateral
strength well through numerous cycles of loading and
unloading. Consequently, the system is capable of
absorbing significant amount of seismic energy. Further
experimental investigations are required to confirm the
outcomes of this project.
Overall, the findings of this preliminary numerical study
proved that the introduced system has the potential to be
developed as a low damage seismic solution for CLT
platform structures.
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CLT PANELS SUBJECTED TO COMBINED OUT-OF-PLANE BENDING
AND COMPRESSIVE AXIAL LOADS
Jasmine B. Wang1, Mohammad Mohammad2, Bruno Di Lenardo3, Mohamed
Sultan4
ABSTRACT: With the introduction of Cross Laminated Timber (CLT) into North America and gaining popularity it is
of interest to the design and code development community to have codified provisions to facilitate the design of CLT
structures. This paper addresses the design aspect of CLT panels subjected to combined bending and compressive axial
loads. Fifteen specimens covering different combinations of grades and layups of commercially available Canadian
CLT panels were tested at different eccentricities to validate the proposed interaction equation. Testing program was
reported in this paper and the test data was compared with the model prediction. It was concluded that the current
nonlinear interaction equation given in the Canadian timber design standard (CSA O86) for timber and glulam tends to
overestimate the capacity of CLT wall panel. A linear interaction equation was found to be appropriate.
KEYWORDS: CLT panels, out-of-plane bending, axial compressive loads, eccentricity, combined loading, design
interaction equation

1 INTRODUCTION 1 23
With the introduction of Cross Laminated Timber (CLT)
into North America, it has been of interest to the design
and code development communities to have codified
provisions to facilitate the design of CLT structures.
CLT panels are typically used as load carrying elements
in wall and floor systems. When CLT panels are used in
wall systems, they are mainly subjected to three types of
loading: (i) in-plane gravity loads, (ii) in-plane lateral
loads from wind and earthquake loads; and (iii) out-ofplane wind pressure. CLT panels will be subjected to
combined bending and axial compressive loads when
there is eccentricity in gravity loads or gravity loads act
in combination with out-of-plane wind pressure. This is
particularly critical for balloon type of CLT construction
where the floor assembly is designed to rest on the CLT
wall through a ledger or in regions where the CLT walls
are subjected to high winds as described above.
Prior to this project, limited research has been conducted
on the axial compressive strength capacity of CLT
walls/columns elements. Short and intermediate CLT
1
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4 Mohamed Sultan, Ph.D., NRC Construction, National
Research Council of Canada, 1200 Montreal Road, M-24,
Ottawa, ON K1A 0R6, Canada,mohamed.sultan@nrccnrc.gc.ca

columns were tested at the University of British
Columbia (UBC) in Canada by Horvat [1] to investigate
the failure mode and validate the axial compressive
strength design approach of CLT in the direction parallel
to the major strength direction of the panel (i.e., load is
parallel to the outer plies). The UBC study concluded
that the capacity of CLT under axial compressive
loading was underestimated by the Canadian CLT
Handbook’s design approach [2], which is based on the
compressive strength values given in the Canadian
timber design standard (CSA O86) for lumber [3]. The
UBC study indicated that cross lamination effects lead to
a higher specified compressive strength parallel to grain
for lumber in CLT compared to those tabulated for
visually graded dimension lumber in CSA O86,
especially for short and intermediate slenderness ratios
where the compressive capacity is considerably
underestimated.
While the UBC study described above provides valuable
information on the axial compressive resistance of CLT
columns under axial loads, it does not address combined
out-of-plane bending and compressive axial loads. In
the past, designers may have used the same design
equation as that for sawn lumber and glulam. However
questions have been raised as to whether this equation is
equally applicable to CLT panels. To answer this
question, a testing program was therefore launched at
Canadian Construction Materials Centre of the National
Research Council of Canada (NRC/CCMC) to check
whether the current design equation for lumber and
glulam still applies or there is a need to develop an
appropriate analytical model that could be verified
against the test data.
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2 TESTING PROGRAM

2.2 TEST SETUP

2.1 MATERIALS AND SPECIMEN
CONFIGURATIONS
In total 15 specimens were tested under combined
bending and compressive axial loads. The specimens
were Canadian-made CLT panels manufactured in
accordance with ANSI/APA PRG 320 Standard [4] and
therefore represent commercially available products. The
specimens tested were 600-mm wide CLT wall panel
segments and treated as and referred to as a column
throughout this paper. A typical CLT column specimen
is shown in Figure 1. Table 1 provides a summary of
stress grades, number of plies and dimensions of the
CLT column specimens. CLT test specimens were
supplied by two Canadian manufacturers.

The NRC facility shown in Figure 2 is one of the largest
column furnaces in the world and the only one in North
America capable of testing a full-scale loaded column
under fire conditions. The furnace can apply axial loads
up to 9,790 kN with or without fire loads. In addition,
the load cells can be equipped with rotating (i.e. pinned)
end plates to develop the appropriate column-end
restraint conditions. In this study, the column furnace
was used without fire load (i.e. under ambient room
conditions).

Table 1: CLT test materials
CLT Columns Size
(600 mm × d × 3600 mm)
CLT Specimen thickness
(mm)
7 Ply
5 Ply
3 Ply
dn =245

CLT
dn =175
dn =105
Grade
dm =169
dm =100
E1
5
V2
5
dn – nominal thickness
dm – measured thickness

V2 dm =239
E1 dm =241

3
2

Total #
of
Columns
8
7

The 15 specimens covered the following configurations:
o
o
o

Two grades, E1 and V2
Three layups, 3-ply, 5-ply and 7-ply, and
Five eccentricities, e = 0, d/10, d/6, d/3, and d/2.

Due to the budget limitation, for a certain grade of
certain lay-up, only one specimen was tested at a specific
eccentricity.

Figure 2: NRC’s column test frame with CLT column installed
viewed through the furnace door.

The end brackets for the attachment to the column
apparatus end plates were designed by FPInnovations
and fabricated by NRC to facilitate testing of specimens
under centric and eccentric loading. Five holes were
drilled at the column specimen ends and steel bolts with
a diameter of 19 mm were used to facilitate the
installation of the end brackets to test specimens, as
shown in Figure 3. The specimen end brackets, which
can slide to provide eccentricity, were attached at the top
and bottom of the loading system with a rotating angle
mechanism to facilitate the specimen end to rotate due to
the specimen bending when using eccentric loading
conditions.
2.3 TESTING PROCEDURE

Figure 1: Typical CLT column specimen (7 ply)

A preload of 0.21 MPa was applied before test to
establish a contact between the specimen and the top and
bottom loading plates. An axial displacement rate of 2
mm/min, was used in all tests until specimen failure. The
maximum rotation angle for the top and bottom plate
was 4.9 degrees for all tests, except for Tests No. E1-T7
and E1-T8, where the maximum rotation angle was 10.4
degrees. In total, three displacement measuring devices
were used during the tests: one to measure the center
displacement at mid height, the second to measure the
rotation angle of the loading end rotating system due to
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specimen bending and the third to measure the axial
displacement due to loading.

3 Results
The test results of the applied load, specimen center and
axial displacement, as well as the angle rotation for all
CLT column specimens (15 in total) are given in Table
2. Ultimate load reached in each test is provided.
Pictures of typical failure modes that various specimens
exhibited during the tests are shown in Figures 5 and 6.
Load and displacement curves with respect to time for 3
and 7 ply CLT columns with and without offsets (i.e.,
eccentricities) are shown in Figures 7 to 10.
Table 2: Testing program
CLT
Specimens
Test
No.
E1-T2
E1-T6

Figure 3: Details of specimen bottom bracket (above) and end
rotating system (below)

The out-of-plane bending moment was applied through
imposing the compressive load, Pf, at an eccentricity, e,
as shown in Figure 4. The panels were pin supported at
both ends. Load, centre displacement, axial
displacement, rotation of the pinned ends at top and
bottom were recorded with time until failure.

Grade
E1
E1

Eccentricities(1)
0

No. of
Plies

e0

3
3

0
d/6 = 17 mm
d/6 = 17 mm
repeat
d/3 = 34 mm
d/2 = 52 mm
0
d/10 =17 mm
d/6 = 29 mm
d/3 = 58 mm
d/2 = 87 mm
0
d/3 = 80 mm
d/6 = 40 mm

E1-T7

E1

3

E1-T4
E1-T8
V2-T1
V2-T5
V2-T3
V2-T2
V2-T4
E1-T1
E1-T3
E1-T5

E1
E1
V2
V2
V2
V2
V2
E1
E1
E1

3
3
5
5
5
5
5
7
7
7

Ultimate
Load

Measured

kN

3 mm
4.5 mm

1046
3101
3203

1 mm
6 mm
10 mm
2 mm
0 mm
4 mm
5 mm
0 mm
1.5mm
4 mm
1.5mm

2401
2403
1622
926
827
615
505
3118
1044
1447

1494
V2-T6
V2
7
d/9 = 25 mm 1.5 mm
849
V2-T7
V2
7
d/2 = 122mm
4 mm
1 With pinned ends rotating (free bending), the specimen was
maintaining the load shown. When the rotation of the pins
bottomed out (max. 4.9°) particularly for slender 3ply
specimen, it stiffened and continued to support the load. These
tests were repeated with modified end plates to validate
maximum load carrying capacity.
2

∆0 is the initial measured imperfection at mid-height

3

Due to E1-T4 end rotation beyond 4.9°, the end plates were
machined to allow rotation to 10-11° for the final two 3 lam
specimens with maximum eccentricity.

Figure 4: Specimen configurations with or without load
eccentricities

Failure was mainly governed by buckling of the CLT
columns which lead to failure in tension of the outmost
plies subjected to tension stress at mid-height of the CLT
column and compression failure in the compression
zone. This was more prominent in specimens with
eccentricities and led to a sudden brittle failure. Close
examination of the failure region showed signs of rolling
shear failure (Figure 6, right picture) which is typically
experienced when testing CLT narrow plates subjected
to out-of-plane bending loads. More details on the test
set up and failure modes can be found in National
Research Council (NRC) report [5].
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Figure 5: Photos at failure for E1 Grade, 3-ply CLT without
(left) or with 34mm offset (right)
Figure 8: Results of E1 Grade 3-ply CLT with 34 mm offset

Figure 6: Photos at failure for E1 Grade, 7-ply CLT with no
offset (left) or with 80mm offset (right)

Figure 9: Results of E1 Grade, 7-ply CLT with no offset

Figure 7: Results of E1 Grade 3-ply CLT with no offset

Figure 10: Results of E1 Grade, 7-ply CLT with 80 mm offset
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4 INTERACTION EQUATION
4.1 CURRENT INTERACTION EQUATION FOR
SAWN LUMBER AND GLULAM
In Canadian timber design standard, CSA O86
Engineering Design in Wood [3], the design interaction
equation for sawn lumber and glulam takes the following
form:
2

𝑃𝑃

𝑀𝑀

� 𝑃𝑃𝑓𝑓 � + 𝑓𝑓 �
𝑀𝑀
𝑟𝑟

𝑟𝑟

1
1−

𝑃𝑃𝑓𝑓
𝑃𝑃𝐸𝐸

�≤1

(1)

5.1 PREDICTION BY ANALYTICAL MODEL

Based on the testing program and results described
above, it was found that the current nonlinear interaction
equation (Eq. (1)) given for sawn lumber and glulam
may overestimate the capacity of CLT panels. A
modified linear interaction equation was proposed
herein:

𝑃𝑃𝑟𝑟

+

𝑀𝑀𝑓𝑓
𝑀𝑀𝑟𝑟

�

1
1−

𝑃𝑃𝑓𝑓
𝑃𝑃𝐸𝐸,𝑣𝑣

�≤1

Test data (Pf, Mf) were compared with calculation using
the proposed linear interaction equation and current
nonlinear interaction equation for sawn lumber and
glulam. The comparison graphs are provided below and
the adjustment to compare test values to factored design
values was as follows:

The following procedure shows how the interaction
curves were obtained using the analytical model.

4.2 PROPOSED INTERACTION EQUATION

𝑃𝑃𝑓𝑓

5 COMPARISION OF TEST DATA
WITH PROPOSED EQUATION

(2)

Where
𝑃𝑃𝑓𝑓 = factored compressive axial load;
𝑃𝑃𝑟𝑟 = factored compressive resistance under axial load,
= ∅𝐹𝐹𝑐𝑐 𝐴𝐴𝑒𝑒𝑓𝑓𝑓𝑓 𝐾𝐾𝑍𝑍𝑐𝑐 𝐾𝐾𝐶𝐶
Where 𝐹𝐹𝑐𝑐 is the compressive strength parallel to
grain of the laminations parallel to the axial
load, 𝐴𝐴𝑒𝑒𝑓𝑓𝑓𝑓 is the effective cross-sectional area
of the panel accounting only for the layers with
laminations parallel to the axial load, 𝐾𝐾𝑍𝑍𝑐𝑐 is the
size factor determined similarly to timber, and
𝐾𝐾𝐶𝐶 is the slenderness factor which takes into
account buckling using the cubic-Rankine
formula;
𝑀𝑀𝑓𝑓 = factored bending moment;
𝑀𝑀𝑟𝑟 = factored out-of-plane bending moment resistance,
= ∅𝐹𝐹𝑏𝑏 𝑆𝑆𝑒𝑒𝑓𝑓𝑓𝑓 𝐾𝐾𝑟𝑟𝑏𝑏,𝑦𝑦
Where 𝐹𝐹𝑏𝑏 is the bending strength, 𝑆𝑆𝑒𝑒𝑓𝑓𝑓𝑓 is the
effective section modulus and 𝐾𝐾𝑟𝑟𝑏𝑏,𝑦𝑦 = 0.85 for
bending along the major strength axis;
𝑃𝑃𝐸𝐸,𝑣𝑣 = Euler buckling load in the plane of the applied
bending moment taking into account shear
deformation,
𝑃𝑃𝐸𝐸
=
𝜅𝜅𝑃𝑃𝐸𝐸
1+
(𝐺𝐺𝐴𝐴)𝑒𝑒𝑓𝑓𝑓𝑓
Where 𝑃𝑃𝐸𝐸 is the Euler buckling load in the plane of
the applied moment accounting for only the layers
with laminations parallel to the axial load, form
factor 𝜅𝜅 = 1.2 for rectangular sections, and (𝐺𝐺𝐴𝐴)𝑒𝑒𝑓𝑓𝑓𝑓
is the effective shear rigidity of the CLT panel
accounting for all layers.
More details regarding the calculation of compressive
resistance and out-of-plane bending moment resistance
can be found in CSA O86-2014 Supplement.

Step 1:
Calculated the factored axial compressive resistance
and out-of-plane bending moment resistance (Pr and
Mr) for CLT panels using the CSA O86 equations;
Step 2:
Set Pf = (0, 0.1, 0.2, 0.3 … 1) x Pr;
Step 3:
Back calculate Mf based on Eq. (1) or (2)
Step 4:
Plot (Mf, Pf) to obtain the interaction curves based on
the analytical model.
5.2 CONVERSION OF TEST DATA
The calculated Pr and Mr and maximum (Mf, Pf) using
the interaction equation are the factored resistance based
on the specified strength derived from 5th percentile and
standard term load duration as per CSA O86 standard. In
order to compare with the calculated values, the test
values were converted in accordance with standard
conversion procedure [6].
5.2.1 Derivation of bending moment resistance from
the test data
The bending moment resistances were derived based on
the bending tests performed at FPInnovations. For
conversion of pure bending test data, the following
procedure was followed:
o In accordance with Table 3 of ASTM D2915
[7], the 5th percentile may be calculated as
follows:
5th percentile = Mean – 2.104*standard
deviation
In accordance with “Standard Practice relating
Specified Strength to Characteristic Structural
Properties” [6] the specified bending moment
resistance may be calculated as follows:
Specified bending moment resistance = 5th
percentile * (reliability normalization factor B)
* (standard term conversion factor 0.8)
o

One group of ten specimens of E1-3 ply CLT
panels were tested in bending, and the 5th
percentile of the test data was calculated and
used to determine the specified bending
moment resistance of E1-3 ply panels using the
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o

method described in previous step. Five groups
of 5-ply CLT panels of custom layup were
tested in bending with 10 specimens in each
group. These custom CLT panels have different
layup from the standard layup as specified in
ANSI/APA PRG 320, in that the longitudinal
layers are S-P-F 1650f MSR and transverse
layers are S-P-F No. 3/Stud lumber grades.
Thus the 5th percentile was calculated for each
group, and the average 5th percentile was used
to determine the specified bending moment
resistance of this custom 5 ply CLT panels.
There was no bending test data for V2-5 ply,
and therefore the specified bending moment
resistance of V2-5 ply was determined by
multiplying the specified bending moment
resistance of the custom 5 ply by the ratio of
resistances of these two grades/layups
calculated based on the mechanical model.
There was only one group of E1-7ply with 10
specimens tested in bending and therefore the
5th percentile of this group was used to
determine the specified moment resistance of
E1-7 ply. There was no bending test data for
V2-7 ply and therefore it was determined by
converting the bending test data for E1-7 ply
multiplied by the ratio of the bending moment
resistances of these two grades/layups
calculated based on the mechanical model.
Factored bending moment resistance = 0.9 *
Specified bending moment resistance.

5.2.2 Derivation of axial compressive resistance and
maximum (Pf, Mf) in combined loading from
the test data
Because for a certain grade of certain layup, only one
specimen was tested at a specific eccentricity, these data
were assumed to represent the mean value, and therefore
the recorded peak compressive axial loads, Pf, were
converted to 5th percentile and were also converted from
the 10-min short term loading to standard term load
duration as follows:
o

The test data were converted from 10 minutes
short term duration to standard term load
duration by multiplying a factor of 0.8;

o

The test data were converted from mean value
to 5th percentile by dividing a factor of 1.25 and
1.55 for E1 grade and V2 grade respectively.
Note that those factors were obtained from the
bending test data by calculating the average
ratio of mean value to 5th percentile for each
grade;
The test data were further converted to factored
resistance by applying the resistance factor
∅=0.8.

o

And therefore the Pf values obtained from the NRC tests
were converted using (P(f-test)*0.8*0.8/1.25) (or divided
by 1.55 for V2 grade).
The factored moment, Mf , was calculated as follows:

𝑀𝑀𝑓𝑓 = 𝑃𝑃𝑓𝑓 × (𝑒𝑒 + ∆0 + 𝑙𝑙𝑙𝑙𝑙𝑙𝑙𝑙 𝑐𝑐𝑒𝑒𝑙𝑙𝑙𝑙 𝑙𝑙𝑜𝑜𝑜𝑜𝑜𝑜𝑒𝑒𝑜𝑜)

(3)

where e is the eccentricity, ∆0 is the initial imperfection,
and load cell offset caused by pinned ends rotation.
The original test data for mean values which were only
converted from the 10-min short term load to standard
term load duration (i.e. times 0.80) were also plotted in
the graphs to illustrate the possible over-strength built in
the design (labeled ‘test converted’).
5.3 COMPARISON
The comparison between the test data and model
prediction were performed for various CLT grades and
layups tested and the graphs are presented below. In the
following Figures (11-14), the horizontal axis is
“unamplified” moment (i.e. the applied moment (𝑃𝑃 ∙ 𝑒𝑒)),
and the vertical axis indicates the axial compressive
load. The X-intercept indicates the pure bending moment
resistance and the y-intercept indicates the pure axial
compressive resistance. The proposed unsquared (linear)
interaction equation is presented. For the purpose of
comparison, the curves for interaction equation with
squared term (which is the current interaction equation
for sawn lumber and glulam) are also shown in the
graphs for the various CLT grades and lay-ups tested.
The test data converted to factored resistance following
the procedure explained in Section 5.2 are shown in the
graphs to be compared with the model prediction. The
original test data adjusted (labelled ‘test adjusted’) for
standard term load duration only are also shown in the
graphs to illustrate the possible over-strength built in the
design.
It is evident from the graphs that the squared (nonlinear)
term interaction equation overestimates the capacity
under combined bending and axial loading for E1-3 ply
and E1-7 ply (Figures 11 and 12). It can be seen that in
general, the calculated values based on non-squared
(linear) interaction equation fall under the converted test
data, except for the pure bending moment resistance for
E1- 7ply (Figure 12) with the difference of 6%.
Considering there were only 10 specimens tested in pure
bending for E1-7 ply, it can be argued that it is
acceptable. There was no bending test done for V2-7 ply
and the X-intercept in Figure 14 was converted from E17 ply test data and therefore could be disregarded.
Nevertheless the test data for pure axial compressive
resistance and combined axial and bending loading
validate the “non-squared” interaction equation proposed
herein.
For combined bending and axial compressive loading for
E1- 3ply at e=d/6 and e=d/3, the test data for peak axial
loads were not chosen for the analysis. This is because it
was believed that after the rotation of the pins bottomed
out, the end restraint gained at the supports contributed
to higher capacity and therefore the data were chosen
before the loading curves start to go up. However the
real ultimate loads may be higher than what has been
used in the analysis.
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Figure 11: Comparison between test data and proposed
interaction equation for E1-3 ply CLT column

Figure 14: Comparison between test data and proposed
interaction equation for V2-7 ply CLT column

6 CONCLUSIONS
It can be concluded that the current nonlinear interaction
equation given in the Canadian timber design standard
(CSA O86) for glulam and timber subjected to combined
out-of-plane bending and axial compressive loading
overestimates the capacity of CLT columns for some
cases of load combinations. A linear (non-squared)
interaction equation therefore is proposed in this paper as
a solution for all load cases. Experimental results
described for axial compressive resistance and combined
bending and axial compression validate the linear
interaction equation proposed herein.

Figure 12: Comparison between test data and proposed
interaction equation for E1-7 ply CLT column

It should be noted that the proposed linear interaction
equation is based on the methods for calculating the
axial compressive resistance and moment resistance
given in CSA O86-14 Supplement. As future research,
the axial compressive resistance could be further studied
to take into account the cross lamination effects which
could potentially lead to a higher capacity, and at that
time the interaction equation for combined bending and
axial loading could be further examined.
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ABSTRACT: The use of cross-laminated timber (CLT or XLAM) in the multi-storey buildings construction sector has
been spreading in Europe and North America over the last twenty years. Considering that Chile has one of the largest
radiata pine forest resources of the world, it is clearly possible to introduce this timber construction system in Chile.
Therefore the mechanical characterization and seismic behaviour of 3-ply cross-laminated timber panels made of
Chilean radiata pine were studied. The panels (2.5 m high, 1.2 m wide and 0.12 m thick) were manufactured in the
Materials Research Laboratory of the Civil Engineering Department at the Universidad de Santiago de Chile (LIMUSUSACH) in accordance with the current Chilean standards, which are based on ASTM standards. The New Zealand
standard (BRANZ P21) for cyclic tests was also applied. These panels are intended to be used for the design of
earthquake-resistant systems in mid-rise buildings.
KEYWORDS: Cross laminated timber, mechanical characterization, radiata pine panels.

1 INTRODUCTION1
Cross Laminated Timber (CLT) is becoming an
alternative building material in different parts of the
world, and it is one of the most emblematic products
derived from wood for the construction of medium
height buildings. This system has been used for more
than twenty years in Europe, and over the last decade in
the USA and Canada [1,2]. The excellent mechanical
properties of CLT have allowed its use for the
construction of different kinds of buildings, from low
buildings with a large surface area to towers more than
ten storeys high. Many of these buildings have been built
in low seismicity areas, but nowadays there is a tendency
to develop these kinds of projects in high seismicity
zones, e.g., Italy and the west coast of Canada and the
USA [3]. CLT has the advantage of excellent heat and
sound insulation characteristics that increase the wellbeing of the inhabitants and reduces energy expenses in
heating systems [4]. This material allows the massive
construction of medium sized housing solutions due to
its high earthquake resistance, and moreover it favors the
reduction of atmospheric CO2.
This work has been backed by a number of research
projects that have included tests on components
subjected to dynamic loads [5] and full scale tests in
buildings [6]. These tests have allowed the use of CLT
as the main earthquake resistant system in buildings, and
the use of wood in tall buildings. Several guides have
been developed on the design of wood and CLT
1
Departamento de Ingeniería en Obras Civiles, Facultad de
Ingeniería, Universidad de Santiago de Chile,
paulina.gonzalez@usach.cl

buildings [7, 8], allowing architects and engineers to use
CLT in construction.In Chile there is still not enough
information on the manufacture and use of CLT in
buildings. In 2012 the Materials Research Laboratory of
the Civil Engineering Department (LIMUS-USACH) of
the Universidad de Santiago de Chile, with financial
support from the Corporación de Fomento, CORFO,
took the initiative of introducing CLT in the national
market through a pioneering research project whose
objectives were: 1) to study the technical and economic
feasibility of using CLT in buildings in Chile, and 2) to
promote the use of CLT in Chile. The technical part of
this project studies the use of local lumber (radiata pine)
as the basis for CLT, testing CLT panels and their
connections, and the production and design of a building
based on CLT for social housing in Santiago, Chile. [913]. The present document will be focused on the
technical aspects of this project, with emphasis on the
experimental program and its results. Therefore, a set of
experimental tests that were carried out in order to
characterize mechanically 3-ply CLT panels made of
Chilean radiata pine is presented. Furthermore, fire
resistance tests of structural CLT panels were made. The
(2.5-m long, 2.2-m wide and 0.12-m thick) panels were
manufactured entirely in the Materials Research
Laboratory of the Civil Engineering Department of the
Universidad de Santiago de Chile (LIMUS-USACH).
The experimental program was performed according to
the current Chilean standards, which in turn are based on
ASTM standards. The New Zealand standard [14] for
cyclic tests was also used. These panels are intended to
be used for the design of earthquake-resistant systems in
a mid-rise building in order to promote their use in
Chile.

WCTE 2016 e-book | 4715

Finally, a value for the force modification factor (R) and
a maximum storey drift limit are estimated for the
seismic design of mid-rise buildings made of CLT panels
manufactured with Chilean radiata pine. These values
will be proposed to be included in the Chilean Seismic
Design Code for buildings, NCh 433 [15].

2 EXPERIMENTAL PROGRAM
2.1 MANUFACTURE OF CLT PANELS
The reference average density of Chilean radiata pine
with 12% moisture content is 470 kg/m3 [16], and the
average value of the elastic modulus is 10000 MPa for
grade G1 quality( visual classification) and 10200 MPa
for grade C24 (mechanical classification) [17]. The
average density of the wood used in this work was 445
kg/m3 with an average moisture content of 12.6%, and an
average elastic modulus of 9920 MPa. Prefere structural
adhesive was used (100 pp of resin 6151 and 15 pp of
catalyst 6651) [12]. In the manufacturing process, the
lumber (138 mm wide, 41 mm thick and 4.0 m long) was
classified visually and mechanically [18, 19] and then
grouped according to its corresponding classification, as
presented in Figure 1a. In order to achieve the required
length, and to eliminate knots if desired, finger-joints
were used, as shown in Figure 1b. The timber was
planed to make the thickness of all the pieces 40 mm and
to smooth the edges in order to reduce the spaces
between them.
Once the components were planed down, they were
glued together on their lateral edges to form individual
layers, as indicated in Figure 1c. Three layers were
stacked crosswise on top of each other and glued
together under high pressure using a frequency pressing
machine (20 kW power) to form the final CLT panel as
shown in Figure 1d. In the manufacture of each
individual layer a vertical pressure of 25 MPa and a
lateral pressure of 9 Mpa were applied. For the final
panel a vertical pressure of 28 MPa and a lateral pressure
of 3.5 Mpa were applied.
2.2 LOADING SETUPS
Experimental tests on subjecting CLT panels to bending,
compressive, and in-plane shear loads were carried out.
Chilean codes, which are based on ASTM standards,
were followed. Loading and unloading cycles were
applied during the in-plane shear tests in order to obtain
lateral displacements under different load levels, residual
displacements after each cycle, and hysteresis loops. The
loading/unloading programme was adopted from the
New Zealand standard [14]. Three samples of CLT
panels were used in each type of test. Further details on
these experimental tests can be found in [9, 20, 21].
Metal brackets (Simpson Strong Tie and Rothoblaas)
and Anker nails (Rothoblaas) were used to connect the
panels to the foundations. Dissipated energy, equivalent
viscous damping, maximum lateral load, displacement at
maximum lateral load, and yield displacements were
obtained.
Fire resistance tests were performed according to
Chilean standard NCh 935/1 [22].

Figure 1: Manufacturing process of a radiata pine CLT panel
showing a) a sample of sawn lumber used for the panel's
layers; b) connections of sawn lumber (typical finger-joint); c)
pressing of a layer, and d) final CLT panel.

2.3 BENDING TEST
Figure 2 shows a CLT panel subjected to four-pointbending. Chilean standard NCh 803 [23] was adopted to
establish the experimental procedure of the test. Figure 3
shows a typical failure due to bending.
2.4 COMPRESSION TEST
A typical compression test is shown in Figure 4. The
details of the experimental procedure can be found in
Chilean standard NCh 801 [24]. The maximum capacity
of the equipment and measuring devices was used in
order to apply the vertical load. The maximum vertical
load applied was 700 N and no kind of failure occurred.
2.5 IN-PLANE SHEAR TEST
Chilean standard NCh 802 [25] was used to define the
setup and experimental procedure. The lower edge of the
panel was anchored firmly to the bottom of the testing
frame by means of three metal angle connectors on each
side of the panel in order to prevent lift and horizontal
movements. The in-plane shear test was carried out by
applying loading and unloading cycles in order to get the
lateral displacements under different load levels, as well
as the residual displacements produced by those loads. A
total of eight loading and unloading cycles were applied,
with load increments of 4.9 kN (500 kgf) in each cycle.
Figure 5 shows a typical in-plane shear test of a CLT
panel. In all the shear tests the metal hold-down
connector failed before the panel, see Figure 6, showing
the high strength of this kind of system. Hold-down
(WHT540), shear bracket (TITAN TCN 240) and nails
(Anker 4x60) were provided by Rothoblaas.
2.6 CYCLIC TEST
Cyclic tests using the New Zealand standard (BRANZ
P21) [14] were performed. A typical cyclic test is shown
in Figure 7. Similarly to the in-plane shear tests, the
lower edge of the panel was anchored firmly to the
bottom of the testing frame by means of three metal
angle connectors at each side of the panel in order to
prevent lift and horizontal movements. Hold-down
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(HHDQ14) and SDS ¼” x 2 ½” screws were provided
by Simpson Strong Tie [26]. The shear bracket (TITAN
TCN 240) and nails (Anker 4 x 60 mm) were used [27].
In order to safeguard the integrity of the equipment and
the measuring systems, the load protocol established by
this standard was applied up to the maximum possible;
in this way, on one of the tested panels the penultimate
value of the horizontal displacement at the upper level
was reached, which according to the panel’s dimensions
is 36 mm. In the other two panels that were tested the
load was applied until a maximum horizontal
displacement of 29 mm was reached, a value that
corresponds to the fourth of the six indicated in the
protocol of the BRANZ P21 standard. No important
faults appeared in any of the three panels, with only
some small deformations of the screws found.

overlap with type WT-T screws 6.5 mm in diameter and
90 mm long set every 0.4 m.

Figure 4: Compression test

Figure 2: Bending test

Figure 5: In-plane shear test

Figure 3: Failure caused by bending

2.7 FIRE RESISTANCE TEST
Figure 8 is a front view of one of the samples subjected
to the fire resistance test, showing the face of the panel
that was not exposed to the fire. Figure 9 shows a side
view of the test. Test procedure for determining fire
resistance of vertical construction elements (partitions
and walls) and the provisions of Chilean standard
NCh935 [22] were applied. The maximum temperature
to which the samples were exposed was 900 °C on the
side directly exposed to the fire. Each sample was
prepared using two CLT panels 2.4 m long, 1.1 m wide
and 0.12 m thick, which were jointed by a vertical

Figure 6: Failure in a hold-down

3 GRAPHICAL RESULTS
3.1 BENDING TEST
Figure 10 shows the average load-deformation curve of
the three tested panels (solid line). The dashed line is the
average curve of the permanent deformations.
3.1 COMPRESSION TEST

Load (kPa)

Figure 11 shows the average vertical load-deformation
of the three tests carried out (solid line). The dashed line
is the curve of the average permanent deformations.

Figure 7: Cyclic test
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Figure 10: Load-deflection curve of bending test.
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Figure 8: Fire resistance test. Front view
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Figure 11: Load-deformation curve of compression test.

3.2 IN-PLANE SHEAR TEST
Figure 12 shows the loading protocol prescribed by
Chilean Standard NCh 802 [25], and Figure 13 presents
the average lateral load-horizontal deformation curve of
the three tested panels (solid line). The dashed line
represents the average of the permanent horizontal
deformations.
Figure 9: Fire resistance test. Lateral view

WCTE 2016 e-book | 4718

PROTOCOLO DE CARGA -‐ Kgf

10000

7000

8000

5000
Kgf
-‐

4000
3000

CA RG A

Panel H1

2000
1000
0
0

20

40

60

80

100

LECTURA No

Lateral Load [Kgf]

6000

6000
4000
2000
-40

-30

-20

0
-10
0
-2000

10

20

30

40

-4000
-6000
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Figure 15: Hysteresis loops of cyclic test.

4 NUMERICAL RESULTS
4.1 STATIC AND MONOTONIC TESTS
Table 1 shows the average values of the maximum
forces applied and of the maximum average reference
tensions determined in the bending, compression, and inplane shear tests. The tensions were calculated
considering the linear elastic behaviour theory and a
homogeneous material.
Table 1: Test results.
Figure 13: Lateral load-deformation curve of the in-plane
shear test.

3.3 CYCLIC TEST
Figure 14 shows the cyclic load protocol according to
the New Zealand standard (BRANZ P21) [14]
corresponding to the dimensions of the tested panels.
Figure 15 presents the hysteresis curve of the panel in
which a 36 mm deformation was reached.

Figure 14: Loading protocol for cyclic test according to
BRANZ P21.

Test
Bending
Compression
In-plane shear

Average max. force
applied (kN)
227.9
718.8
79.9

Average max.
stress (MPa)
22.25
5.00
0.56

In the interpretation of the results shown in Table 1 it
must be kept in mind that failure by breakage of the
fibers under tension was achieved only in the bending
test of the CLT panels. In the compression test there was
no kind of failure, and in the in-plane shear test a
fragility fault occurred due to the tension in the holddown. Therefore, the CLT panel made of Chilean radiata
pine, of the dimensions considered in the present work,
is capable of resisting greater compression stresses and
greater shear stresses than those given in Table 1.
Table 2 shows the average values of the bending
breakage stress. The effective bending stiffness was
determined by the Gamma method, the K method, the
Shear Analogy method, and the simplified method [8].
The average maximum force applied in the bending test,
shown in Table 1, was used.
On the other hand, the North American standard [7]
gives a value of 6.1 MPa for the admissible stress in
bending of the CLT, grade V2, which has properties
similar to those of radiata pine, with a modulus of
elasticity of 9653 MPa. Therefore, the bending breakage
stress of the radiata pine CLT panel is more than three
times greater than the admissible stress of the North
American CLT panel grade V2.
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Table 2: Bending stress

Method
Gamma
K
Shear Analogy
Simplified

Average maximum stress
radiata pine (MPa)
24.9
22.3
23.1
23.1

4.2 CYCLIC TEST
The averages of the maximum lateral load and
displacement at maximum lateral load of the three
samples of CLT panels are shown in Table 3. The
dissipated energy and equivalent viscous damping
averages are also included.
Table 3: Results of cyclic testing

Averages of results
Maximum lateral load (kN)
Maximum lateral load displacement (mm)
Dissipated energy (kJ)
Equivalent viscous damping (%)

71.8
31.2
4.2
5.3

The results of the cyclic tests show that the panelconnector system has a low energy dissipation capacity,
yielding a 5% value for the equivalent viscous damping,
a value lower than that obtained in other work, where
11%, 14%, and 17% have been determined for this
parameter [28, 29, 8,]. However, it agrees with the
viscous damping value considered in Chilean standard
NCH 433 for the application of the static and spectral
methods of seismic analysis [15]. Therefore, for the
seismic design of CLT buildings in Chile using Chilean
radiata pine it would be valid to use any of the two
methods contained in the standard mentioned above,
with a value of parameter R that must be defined for the
construction system with CLT.
4.3 FIRE RESISTANCE TEST
Since there was no structural collapse of the panels, the
fire resistance time was defined as that from the
beginning of the test until smoke started going to the
unexposed side of the panel through the vertical joints.
That time was 39 minutes for one of the samples and 40
minutes for the other. These results are consistent with
those reported elsewhere [30]. Furthermore, the
resistance to fire time of CLT buildings can be increased
by using gypsum board (gypsum-cardboard panels) [8].

5 R FACTOR ESTIMATION
5.1 CONSIDERING IN-PLANE SHEAR TEST
RESULTS
The average values of the horizontal displacements at the
upper level of the panel obtained from the in-plane shear
tests were 14.8 mm for the proportionality limit, and
35.7 mm for the system’s fault caused by the breakage of
the hold-down plate, as shown in Figure 5 [9, 12].
Considering these results, a value of 2.4 was obtained for

the ductility of the CLT panel-connector system. Then a
conservative value of R = 2.0 is proposed, lower than 5.5
which is established by the Chilean standard for wooden
structures [15].
5.2 CONSIDERING CYCLIC TEST RESULTS
In the cyclic tests the system’s failure was not reached,
since the methodology of the standard used [14] does not
require it, and attention was placed on the protection of
the equipment’s integrity. But considering the numerical
results obtained [21], a conservative value of 2.0 is also
proposed for R.

6 STOREY DRIFT ESTIMATION
6.1 CONSIDERING TEST RESULTS
As already mentioned, the average value of the
maximum horizontal displacements at the top level of
the panel, obtained from the in-plane shear tests, was
35.7 mm for the system’s fault caused by breakage of the
hold-down plate, and 31.2 mm in the cyclic tests, as
shown in Table 3. It was already mentioned that in the
latter case the system did not fail any way.
Based on these results and on the values prescribed by
the international standards for construction with wood
[31], a value of 1.0% can be proposed for Chilean
standard NCh 433 for the maximum storey drift of
medium height buildings made with radiata pine CLT.
6.2 CONSIDERING A MID-RISE PROTOTYPE
In a previous paper [11] a design was made of a mid-rise
building prototype for a social housing solution in Chile.
American and Canadian standards [7, 8] and guidelines
were adopted [32], with some modifications for CLT
based on typical Chilean radiata pine. A four-story
building with a structure made of CLT panels was
designed and used to demonstrate the technical
feasibility of a building with CLT panels in Chile. An R
factor of 3, and an over-resistance factor of 2 for the
connectors were used. This R value yielded storey drift
values within the maximum admissible range of the
Chilean standard, which is 0.2% [15].
Considering these values and an R value of 2 proposed
in the present work, it is possible to propose a value of
0.5% for the admissible maximum of the Chilean
standard, which is more conservative than that of the
international standard.

7 CONCLUSIONS
The mechanical characterization of three-ply crosslaminated timber panels made of Chilean radiata pine
(2.5 m high, 1.2 m wide and 0.12 m thick) has been
presented. Maximum bending strength values of the
panel were obtained. In the case of in-plane shear
strength test, the panel’s strength could not be measured
because the hold-down plate broke in tension, without
the panel CLT undergoing any damage. This result could
be expected because the resistance of the construction
system with CLT, and in general of wooden structures, is
largely dependent on the strength of the connectors. No
failures occurred in the resistance to compression tests
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because the CLT panels are capable of withstanding the
kinds of stresses to which they are subjected.
As to resistance to fire, the results obtained were
consistent with existing information on the CLT
construction system at the international level.
Concerning the seismic behavior of the system, the
results indicate an energy dissipation capacity lower than
that reported in the literature on the matter, with an
average viscous damping equivalent to 5%, but it must
be kept in mind that this capacity depends mainly on the
connectors used. In the case of Chile this value makes
possible the use of the national standard for seismic
design because both the formula for calculating the
seismic coefficient and the expression of the acceleration
design spectrum have been determined for 5% damping.
Based on the results obtained, a conservative value of 2
is proposed for the seismic response reduction factor (R)
to be incorporated into the Chilean Seismic Building
Design Standard, NCh433, in the specific case of midrise buildings based on CLT wall structures.
Furthermore, it is proposed to incorporate a value of
0.5% for storey drift for these kinds of buildings.
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TEST METHOD FOR DETERMINING THE IN-PLANE SHEAR
STRENGTH AND STIFFNESS OF CROSS LAMINATED TIMBER (CLT)
Anders Steinsvik Nygård, Anders Björnfot2, Themistoklis Tsalkatidis3, Roberto
Tomasi4

ABSTRACT: The scope of this study is to evaluate the existing test methods for deciding the in-plane shear strength and
stiffness of cross laminated timber (CLT) panels, and suggest a new test method. The evaluation of the existing methods
point out that none of the methods isolate the pure membrane shear stress. This means that the results have to be interpreted
and modified analytically in the process to define the in-plane shear properties. A new Direct shear test method is
suggested to apply pure membrane shear force on the test specimen. In the suggested method the force is applied to a
hinged steel frame, which is continuously bonded to the edges of the CLT panel. As the steel frame and the panel are
deformed as parallelograms, the applied force are translated to pure membrane shear in the tested panel.
KEYWORDS: Cross-Laminated timber (CLT), in-plane shear strength, in-plane shear stiffness, test methods

1 INTRODUCTION 123
CLT is gaining in popularity as a structural building
element, especially in the case of large and tall buildings.
As designers and builders gain more experience with this
type of element, and more producers and engineers are
getting into this market, there will be a rising demand for
more efficient use of CLT elements in load bearing
structures.
One of the issues that is important to address is the use of
CLT panels in, for example, high shear walls, large
cantilever structures and lintel beams, were designers
exploit the in-plane shear strength and stiffness of CLT
elements. The method for verifying these properties are
not yet concluded in an optimal manner, and research are
on-going to meet this demand.

correction factors that might lead to reservations in the
validity of the results.
This paper will show the current state of the art,
concerning test-methods for in-plane shear strength and
stiffness. Furthermore, it will suggest a new Direct shear
test method to meet some of the issues uncovered in the
state of the art. Finally, it will discuss the advantages and
disadvantages of the different testing procedures that have
been suggested the last decade.

Two, in principle, different approaches have been
presented to this date. One approach is to try to define the
global properties from different small scale tests that
verify only parts of the mechanical mechanisms that occur
in CLT elements. By doing this, it is uncertain if the
system effect that is present in CLT will be accounted for.
The other approach is to test a larger part of the CLT
element. For the tests methods that are published today,
none of them can isolate the in-plane shear stress. The
consequence is that results have to be modified by
1
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2 STATE OF THE ART
As a base for discussing procedures for testing in-plane
shear stiffness and strength for CLT, a summary of the
state of the art is given in this section.
2.1 Model for CLT shear strength and stiffness
Moosbrugger et al. [1] and Bogensperger et al. [2]
presents a mechanical model that describes the internal
stresses in CLT elements under in-plane shear loading.
The idea is that it is possible to express the stresses in a
Representative Volume Element (RVE), which represents
the intersection between orthogonal boards through the
thickness of the CLT element. The stress state of the RVE
represents the global stress pattern of the whole CLT
element. If it is assumed no influence from finite number
of layers, no edge gluing, and equal board layer widths
and thicknesses, it is possible to further reduce the RVE
to a Representative Volume Sub Element (RVSE). The
RVSE is defined as the intersection of two orthogonally
glued boards, including one-half of the each of the two
board’s thicknesses. In Figure 1 the model is illustrated.

2.2 Research on CLT test procedures for in-plane
shear properties
Bosl (2002) [4] describes a test rig consisting of a hinged
steel frame in which a CLT element is placed. The steel
frame is loaded in tension in two opposite corners (Figure
3). In this way, the CLT test specimen will be loaded in
compression through the opposite corners of the steel
frame.

Figure 3: Test principle of Bosl (2002)

The author presents force- displacement diagrams for ten
different test specimens. Four of those are traditional CLT
elements with orthogonal layers, while the remaining six
specimens include diagonal layers.

Figure 1: CLT => RVE => RVSE

The model describes how two fundamental internal stress
patterns in the RVSE are related to the total shear stress in
the RVSE boundary. Figure 2 illustrates the principle of
the model.

Based on pictures from the performed tests it can be
concluded that local compression failure in the corners is
the dominating failure mode, which is because the CLT
element does not have a bond to the steel frame that is able
to transfer tensional forces [6].
Jöbstl el al. (2004) [5] present an experimental setup
consisting of two orthogonally glued boards. One face of
each of the two boards are glued together, and the other
“back side” faces of the boards are glued to steel plates.
The system is loaded in a torsional direction (Figure 4)
through the steel plates.

Figure 2: Internal stress pattern in the RVSE element as a
result of two fundamental mechanism.

Jöbstl et al. [3] further defined failure modes relating to
the RVSE model. Failure mode 1 is the failure in the board
net cross section perpendicular to the grain (Figure 2,
where). Failure mode 2 is defined as the failure that occurs
from the torsion-like mechanism II in the work of
Moosbrugger [1] and Bogensperger [2]. Further it can be
defined a global failure mode 3 that is the shear failure in
the lamella parallel to the grain.

Figure 4: Test principle of Jöbstl (2004)
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The stress at the time of fraction is calculated from the
polar moment of inertia of the glued area, giving an
“isotropic” resultant stress value. Pointing to theory and
numerical analyses, a distribution ratio between rolling
shear and shear parallel to the grain is suggested.
The authors defines the rotational stiffness as the moment
divided by the rotation and polar moment of inertia, which
they describe as the moduli of rotation.
Results from 81 tests are reported. The parameters that are
varied are widths of the glued boards, causing the
intersection area to vary, and annual ring gradient. The
depth of the boards and the distance from the board
intersection to the steel plates were constant.

Bogensperger [6] indicates that shear strength increases as
the ratio between board thickness and board width (t/a)
decreases. This is based on test results and references to
test procedures for ply-wood (DIN 1052:2004), Bosl [4]
and an internal report from hbf-Graz. The authors
describe this effect as a “strain locking effect”.
Jöbstl et al. (2008) [3] describe a test procedure to verify
the lamella board’s shear strength perpendicular to the
grain in a symmetric shear block. The setup consists of a
three board wide element that is loaded vertically such
that the shear force is transferred through two shear planes
perpendicular to the grain in the horizontal board (Figure
6).

Jöbstl [5] summarizes that the strength and stiffness of
orthogonally glued boards are higher than for rolling shear
and lower than for shear parallel to the grain. The authors
also conclude that the rotational stiffness decreases when
the glued board area increases.
Bogensperger et al (2007) [6] describe a test procedure
that aims to produce a stress state of pure in-plane shear.
The rig consists of two side by side hinged steel frames,
each containing a CLT element that are connected to the
rig with glued-in steel plates. The steel plates are applying
the forces along the narrow side of the outer boards
(Figure 5).

Figure 6: Test principle of Jöbstl (2008)

Figure 5: Test principle of Bogensperger (2007)

The shear strength value is read directly from the test
results. However, this result only confirms the strength of
the tested failure mode, not a complete CLT element.
Additionally, it has to be accounted for statistically that
two possible failure planes are present. The results show
a plateau on the force displacement diagram at a lower
level, after the peak force. The authors state that this is
caused by the “activated tension field of the fibers under
large deformation”.

Since the failure modes in the tests were local failures
close to the load introduction, only a minimum
“technical” shear strength value was possible to report.

Twenty tests were conducted with the same geometrical
properties. Force displacement diagrams were presented
in the paper, but shear stiffness was not directly addressed.

The shear stiffness is calculated based on measuring
diagonals inside the tested specimen. Based on FEManalysis and considerations of geometrical and material
properties a calibration factor on the test results is
suggested.

Jöbstl [3] arguments analytically that the shear strength
from failure mechanism I (net shear in the board
perpendicular to the grain) will be the dimensioning
design factor if a/t > 4 for a three layer element and a/t >
6 for CLT with 5 or more layers. They also discuss the
“strain locking” effect introduced in Bogensperger [6],
and point out the effect of a/t ration and gap widths as
point of further research.

Three tests were conducted. The test specimen are
specially made for the test setup. It includes boards with
high t/a (board thickness to board width) ratio (0.8) and
also includes hard wood in the areas for load introduction.
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Brandner et al. (2013) [7] presents a test configuration
which is an advancement of the one introduced previously
by Jöbstl [3]. The setup consists of a single shear plane
that is obtained by rotating two parallel lamella by 14
degrees, such that the shear force must be transferred
through the perpendicular board (Figure 7).

Figure 7: Test principle of Brandner (2013)

The shear strength can be taken directly from the test
results. A combined failure of shear mechanism I (net
shear perpendicular to grain) and mechanism II (torsion)
are identified. The influence from compression in the
shear plane is expected to be small. Even though no
correction factor is presented, it is noted that the shear
strength is somewhat overestimated. Brandner [7] also
describes a softening effect, showing that the tested
elements have some capacity left after peak load.
Eight series of 10 tests were reported. Four parameters
were varied: Board width, board thickness, annual ring
orientation and gap width. Although the paper shows
force-displacement diagrams, the shear stiffness is not
directly addressed.
The authors discuss the influence of these parameters on
the shear strength. Rift grain boards have significantly
lower strength than flat grain boards. Increasing layer
thickness leads to a decrease in shear strength. The
argument is that the locking effect, which restrain shear
action, is higher closer to the glued face. Based on the
results, no effect from changing the gap width between
boards in the same layer(1.5 to 25 mm) can be shown with
statistical significance. Nonetheless, the authors expect
decreasing strength with increasing gap widths. No effect
from varying the layer width is found either.
Brandner [7] proposes a characteristic shear strength of
5.5 N/mm2 for CLT made from flat grained Norway
Spruce with lamellas thicknesses under 40 mm and gap
width under 5 mm. This value includes failure mechanism
I and II.

Andreolli et al. (2014) [8] present a test procedure in
which a square CLT element (1 m x 1 m) is loaded in
compression in two opposing corners through rigid steel
brackets (Figure 8).

Figure 8: Test principle of Andreolli (2014)

To obtain the shear strength a correction factor is
introduced based on a mechanical model that takes into
account a combination of in plane shear stress and
compression stress in the tested specimens. All of the
three failure modes are represented in the test results.
Results from four series with a total of 13 test specimens
are reported. The elastic shear modulus is calculated from
the force- displacement data from the test rig.
Andreolli [8] states that tests on single nodes do not
provide information on the stiffness of the CLT panel, and
although it is useful to know the capacities for different
failure modes it is not clear if the values are representative
for the complete CLT panel. The authors comment that
the proposed setup has a drawback; the test does not give
a pure shear state, but a combined state of shear and
compression stresses, and therefore the results have to be
modified with a correction factor.
Gagnon et al. (2014) [9] present a test method which is a
modified version of a three-point beam bending test that
is described in the ASTM Standard D198, Standard Test
Methods of Static Tests of Lumber in Structural Sizes. The
tested specimen is cut into the shape of a beam. To secure
shear failure and avoid bending failure, the CLT beam is
reinforced with LVL in top and bottom, working as
flanges in the beam (Figure 9).
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in the CLT panel because of the influence from
compression stresses.
Two methods of determining shear stiffness are discussed.
One method is based on the approach from Kreuzinger
and Sieder [11] were the stiffness is calculated directly
based on a transformed stiffness matrix, results from the
test procedure and the assumed stiffness of the material in
the different layers. The second is the approach given in
EN 408 [12]. This method calculates the shear stiffness
from the deformation in two measured diagonals. The
authors prefer the method based on EN 408.
A total of 118 tests were conducted in 18 different series
(3, 5 and 7 layers) at two different institutes (TU Graz and
TU München).
Figure 9: Test principle of Gagnon (2014)

To calculate the nominal shear strength, the test results
can be used without any correction factor, other than
geometrical considerations. However, shear stiffness is
not addressed in the paper.
Brandner and Dietsch et al. (2015) [10] propose a
method based on a principle from Kreuzinger and Sieder
[11], were an element is tested under compression. The
tested element of 1500 mm x 500 mm are cut out in a 45
degree angle from a CLT plate, and compressed from top
and bottom (Figure 10).

To eliminate friction in the boundary conditions, teflon
layers, lubricated edges, roller bearings or blank steel to
wood contact are suggested. The choice of method is
reported to have no practical influence on the results.
Brandner and Dietsch [10] conclude that the results from
strength testing have low COV, indicating a “very robust
test configuration”. The test secured “net shear” failure of
all specimen without edge gluing. Additionally, they
conclude that the test procedure demonstrate functional
and operational efficiency and yields reliable shear
failures. Based on this they propose the method to be
implemented in the EN 16351 standard.
The results concerning stiffness show higher COV than
expected. This is attributed to measurements of very small
deformations. In addition, the authors comment that the
approach by Kreuzinger and Sieder [11] for calculating
the shear modulus only includes effect from vertical
deformation, neglecting the relatively smaller horizontal
deformations. Furthermore, the result is dependent on the
elastic modulus of the boards as an input parameter, which
is not decided by testing. Brandner and Dietsch [10]
proposes to use the analytic calculation method of
Bogensperger (2010) [2].
2.3 Test methods described in EN 16351

Figure 11: EN 16351 test setup

Figure 10: Test principle of Brandner (2015)

The loading results in a stress state that gives a
combination of in-plane shear and compression in the
tested CLT element. Based on plate theory, a correction
factor is introduced to calculate the actual shear strength

The EN 16351 [13] CLT standard describes a modified
four point bending test, based on the EN 408, to verify
shear strength and stiffness (Figure 11).
The shear strength can be calculated directly from the test
results, without use of correction factors. Using the
described setup geometry, the test seem to cause bending
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failure on most test specimens, instead of in-plane shear
failure [3, 8].
A method for directly measuring the shear stiffness is
described. The deflections in the measured area are very
small, and may lead to results that are not precise. In
addition, the deflection caused from the bending moment
are much higher than the deflections in the measured
diagonals in the measured area. This might also result in
issues concerning accuracy.
2.4 Summary of the state-of-the-art
As can be read from the state-of-the-art, there is not an
agreed upon procedure to test in-plane shear properties of
CLT elements. Moreover, there seem to be a consensus
that the method in the new CLT standard EN 16351 [13]
is not adequate. A new Direct shear test method is
presented in section 3 to try to meet the need of an easy to
use and efficient procedure.

3 DIRECT SHEAR SETUP PROPOSAL
3.1 Background
The general idea for the Direct shear setup proposal is to
design a test method that applies the in-plane shear load
in a manner that the tested element will be in a pure shear
stress state. This is done by securing continuous bonding
between the steel test rig and all four edges of the CLT
element. When the rig is loaded it will then deform the
CLT element to an ideal parallelogram, and as a result, the
tested element is applied a direct membrane shear load.
3.2 Geometry
The proposed setup (Figure 12) is a simplification of the
membrane element tester, which was designed by
Vecchio et al. [14] in their process of verifying the
modified compression-field theory for reinforced
concrete.

Figure 12: Direct shear test setup proposal (name hinge/steel
frame/ CLT/ force

3.3 Test method
The suggested method aims to deform a panel directly into
a parallelogram through the edge bonds to a hinged steel
frame. The combined forces applied through the edge
bond will apply “pure” membrane shear forces to the
tested element, and thereby give a force/displacement
curve that easily can be used without any further
analytical modification factor (Figure 13).

The membrane element test rig that Vecchio et al. [14]
used had the possibility to apply any combination of
membrane shear, compression and tension by coupling
hydraulic jacks to shear keys that was cast into the edges
of the concrete specimen and anchored with shear studs.
As this kind of anchoring is not applicable for CLT, a
method with continuous bonding along the edge to a
hinged steel frame is suggested. As a result, only in-plane
shear can be applied through the rig.
Figure 13: Direct shear test principle

The test rig consists of a hinged steel frame which can be
loaded in compression from two opposite corners. Each
corner hinge is based on a large bolt, and the load is
applied through these bolts. Inside the two sides of the
steel frame the CLT panel is connected to the frame along
the edges. To secure a direct shear deformation it is
important to ensure a constant bond between the steel
frame and the CLT element along the edges. This bond
ensures that both tension and compression are applied
from the rig to the element.
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Two types of connections are examined. The first and
simplest type is a friction bond between steel and CLT
element. The two sides of the steel frame are connected
with bolts that are tensioned. Between the steel frame and
CLT element there is a 3 mm polyurethane layer to
distribute pressure and improve friction. M8 bolts with
diameter 8 mm are used with cone shaped washers to
ensure that the bolts are centred in the 12 mm diameter
holes. Thereby the bolts do not transfer loads directly to
the CLT, and the friction forces on the face of the CLT are
the only load transfer. The limiting action is the timber
capacity for compression perpendicular to the grain, the
capacity for tension parallel to the grain and the maximal
amount of friction that can be obtained.
The second type of bond that is tested is a combined
friction and bolt connection. Tight fitting M12 bolts with
diameter 12 mm in the 12 mm holes secure a direct load
transfer through the bolts to the CLT, in addition to the
friction bond on the element face.
An important detail in the test setup is to avoid direct
compression on the tested element at the location of load
introduction. The corners of the CLT elements are cut to
have enough distance from the hinge bolt, such that direct
compression is avoided (Figure 14).

τ when the idealized element is turned 45 degrees, without
additional compression or tension, σ (Figure 15).

Figure 15: Mohr’s circle and 45 degree rotated element

3.4 Stiffness
The stiffness is derived by measuring deformations at
several locations on the element surface, in addition to the
deformations in the hinged frame, and comparing this to
the applied load. The method suggested in EN 408 [12],
calculating the stiffness by using the deformation along
two diagonals in the tested elements, are used. It should
give better results with this setup, than for the beam setup
in EN 408, where stresses from beam bending causes
relatively large deformations compared to the
deformation caused by in-plane shear. Since the test
element in the direct shear test setup is rotated by 45
degrees, the measured “diagonals” will be horizontal and
vertical in the test setup.
3.5 Strength
A gross element shear strength is calculated based on the
gross element shear plane and the applied load at failure.
Visual documentation is studied to try to estimate the type
and location of first failure.

Figure 14: Corner detail

To document the tested element’s stiffness, the force and
deformations are recorded. Deformations are measured on
the rig, and on several points on the surface of the tested
CLT element, by use of photo image measurement.
As direct shear, without compression or tension, is
present, the results can in theory be used directly without
any correction factor. However, because the CLT is not
homogenous through the element, and the deformations
are quite small, the results have to be scrutinized, to assure
that there is no local deformation effects, on node level,
that disturb the results.
A basic argument using Mohr’s circle and an idealized
element shows us that the equal compression and tension
along the diagonal, σI and σII, generates only shear stress

3.6 Test elements
The elements for prototype testing are 100 mm thick, five
ply CLT with side lengths of 600 mm X 600 mm. The
lamella boards are 20 mm thick and are 122 mm wide, and
are of C24 quality. The test specimens are CNC machined
to fit the hinged steel rig (Figure 16). As most, if not all,
large CLT producers have precise CNC machinery it is
easy to prepare the test elements from standard CLT.
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isolated shear properties of stiffness and strength. In
Andreolli [8] and, Brandner and Dietsch [10] the
correction factor that is introduced to compensate for the
influence of compression are different, given the different
geometry adopted in the test.

Figure 16: Photo of test element

4 DISCUSSION
According to the state of the art, it can be concluded that
there are two principal different approaches to the task of
evaluating CLT in-plane shear properties. One is to verify
properties on node level, separating the three failure
modes. The other is to test whole elements and verify
“global” properties, in a way neglecting the different
failure modes.
The methods that tests nodes for different mechanisms are
the one of Jöbstl [5] for the torsional mechanism and
Jöbstl [3] and Bogensperger [6] for the net shear capacity
perpendicular to the grain. Testing for the different failure
modes on node level is done on small test pieces, and it is
easier to apprehend and observe the mechanisms that
occur. However, it is not possible to get the potential
influence from system effects, i.e. the potential load
redistribution effect that might occur in parallel boards or
layers. In addition, it is not evident that the three failure
modes act independent of each other. Separating the
modes in tests neglects possible positive or negative
interactions between the modes. It is not possible to verify
the stiffness of a complete CLT element from tests on the
node level alone. Even in the small scale tests, like Jöbstl
[3] and Brandner [7], the ideal shear stress state is
influenced of bending and compression respectively.
Nonetheless, the node tests can be useful to analyse the
elements that dictate the strength and stiffness of CLT, in
such a way that the global properties are easier to
understand.
The procedures that test whole elements are the ones of
Bosl [3], Bogensperger [6], Andreolli [8], Gagnon [9] and
Brandner and Dietsch [10]. Most of the methods that test
whole elements are designed such that the tested elements
are influence from other stress components than from the
in-plane shear alone. In Bosl [4], Andreolli [8] and
Brandner and Dietsch [10] the load pattern gives a
combined stress state of shear and compression. This
leads to the need of correction factors to obtain the

In the four-point bending test in EN 16351 [13] the shear
is measured in an area where the beam is influenced by a
bending moment. The shear deformations are small
compared to the deformation caused by bending.
Furthermore, the bending test causes bending failure
instead of shear failure (Jöbstl [5], Andreolli [15]),
resulting in an underestimation of the shear strength.
Gagnon [9] suggests a solution to this by strengthening
the flanges in the beam, but the method is still based on
beam theory and therefore does not represent the stress
state in CLT elements. Also, it does not lead to results that
can be used to calculate in-plane shear stiffness of the
CLT element.
In the Bogensperger [6] study, only special made
elements were tested, partly due to the load introduction
through glued in steel elements. In the Bosl [4] and
Bogensperger [6] studies the failure modes were local
compression instead of any of the expected failure modes
caused by in-plane shear.
Even though some of the studies conclude by suggesting
properties to be valid for general CLT, although with
some assumptions, very few of the studies have tested the
base material included in the CLT elements. The potential
uncertainties from this kind of generalization should be
addressed in further studies.
The proposed Direct shear test method addresses many of
these issues. The main issue is believed to be to secure the
continuous load introduction along the element edge. Test
runs of the rig are planned for summer 2016.
A comparison of the most promising methods is presented
in the matrix in table 1. The methods are divided into
small scale and full scale tests, as discussed earlier. It is
noted whether pure in-plane shear is generated by the test.
The complexity of the test rig and the test specimen is also
evaluated, and the methods are denoted by “+”, “0” and
“÷”, from lowest to highest complexity.
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Pure In-plane shear

Yes
Yes

Bogensperger 07

Yes

Yes

Test specimen complexity

Jöbstl 04

Test rig complexity

Bosl 02

Full scale test

Small scale test

Table 1: Comparison between the different test methods

0

+

0

0

÷

÷

Jöbstl 08

Yes

+

0

Brandner 13

Yes

+

0

Andreolli 14

Yes

+

+

Gagnon 14

Yes

+

÷

Brandner 15

Yes

+

+

Direct shear method

Yes

0

+

Yes

5 CONCLUSIONS
The study suggests a new general direct shear test method
to determine in-plane shear stiffness for timber membrane
elements. The suggested method aims to generate a stress
state of pure in-plane shear by securing continuous load
introduction along the element edges. The test rig is under
production and will be tested during summer 2016.
The advantages of a test method that can directly verify
in-plane shear stiffness and strength in timber membrane
elements are many. First of all it is possible to get the full
system strength and stiffness of the CLT element, directly,
without using correction factors or assumptions about the
base material. Having this data from testing ensures
reliable structural analyses where the designer needs to
exploit more of the in-plane shear strength and stiffness
of CLT. Examples of structures where this can be
necessary can be tall timber buildings, long cantilevers or
lintel beams with high length to height ratios. The rig
design can also accommodate testing of other types of
structural membrane elements, as for instance particle
boards, LVL or even new types of elements evolving in
the future.
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INTEGRATING CLT PANELS FOR BUILDING CORES:
INTRODUCTION. ROCKING RESPONSE, & FOUNDATION
CONNECTION TESTING
John Chapman1, Quincy Ma2, Viet Pham3, Jaimie Whitehead4
ABSTRACT: This research involves testing for a new structural system based on CLT (cross-laminated timber)
panels to provide taller, economical and more useful timber high-rise buildings. The point of difference of the
system compared to recently constructed CLT high-rise buildings is a central core which is comprised of
vertically aligned but integrated CLT panels. The central core, which runs the full height of the building, is
effectively a very large vertical cantilever with a rectangular hollow section, and is the main element for
resisting lateral forces. This arrangement produces taller timber buildings with more open floor areas. For
seismic events, the core is designed to a ‘damage avoidance philosophy’, to re-centre, and to minimise costs of
building repair. The testing reported in the paper is for the ‘fuse’ connections of the core to the foundations
which are designed to be ‘replaced in place’ and provide the required ductility to the timber which is a nonductile building material.
KEYWORDS: CLT, Multi-level construction, rocking core

1. INTRODUCTION
There is a worldwide interest in timber multi-storey
buildings due to the environmental advantages of
timber construction when compared to buildings in
concrete and steel [1]. Cross-laminated Timber, or
CLT, was developed in the early 1990’s and the
strength of this material is comparable in some
aspects to concrete, despite being lighter in weight
[2]. Pre-fabricating large-scale panels of CLT
allows for quick assembly on-site. CLT
construction has been used successfully for the nine
storey Murray Grove Stadthaus building in London
and the ten storey Forte building in Melbourne [3].
This paper proposes a new type of structural system
that utilises CLT for buildings to twenty levels. The
four main aspects of the structural system that
makes it different to the current method of CLT
construction are:

1.
Integrating CLT panels to form a
core element that is much larger, and
hence stiffer and stronger, than the sum of
the individual panels
2.
Placing vertical CLT panels end
on end so gravity loads are only
transferred parallel to grain
3.
The loads between the CLT
panels are transferred in direct bearing and
do not rely on steel fixings like nails,
screws or bolts
4.
In seismic events, the CLT central
core is designed to be ‘low damage’ and to
undergo controlled rocking to dissipate
energy
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Figure 1: Isometric of proposed timber structural system
with a core of integrated CLT panels
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has potential benefits as it provides the required
ductility and prevents brittle failure.
The mechanism of rocking is a low-damage
seismic response. Rocking occurs when a wall or
core uplifts from the foundation and rotates about
one corner or edge due to a lateral load. The selfweight of the wall, and any live load, causes a
restoring force at the centre of gravity. This
restoring force reverses the rocking motion, and
momentum causes the wall or core to rock past the
point of equilibrium. Allowing a structure to rock
back and forth dissipates energy through the overall
motion as well as the impacting of the corner,
reducing the overall structural damage [5,6].

Figure 2: Isometric of rectangular core showing hoop
beams (engineered timber) at each floor level

The proposed structural system relies on a fullheight rectangular or square central core, which is
also the lift/stair core, to support the horizontal loads
on the building. The core is made up of large crosslaminated timber panels that are integrated together.
Hoop beams, made of glulam or LVL, are placed
around the core at each floor level. The hoop beams
are screwed to the core panels to maintain the
panels’ locations and alignments; and, also, to
ensure the horizontal loads from the floor are
transferred to the core. The columns and floor beams
are either LVL or glulam. The resulting floor plan is
similar to a typical reinforced concrete commercial
building and has considerably more open spaces
than is possible with current CLT multi-level
construction which relies on multiple shear walls.
The floor system could be mainly timber as recently
developed at the University of Auckland. The floor
achieves acoustic insulation, suitable physical
performance and is relatively economic. [4].
The CLT core system and the associated foundation
connections are organised so that in major seismic
events the CLT core rocks (both controlled & free),
re-centres, and is low-damage. The core is held
down to the foundations with steel tie-down rod
‘fuses’. These tie-down rods are designed to yield in
major seismic events and if damaged to be easily and
economically replaced. The ductile response
required in a multi-storey building can come at a
great cost when there is irreversible plastic
deformation of the structure [5]. Damage avoidance
is a design philosophy that aims to reduce the cost of
building repair through low-damage seismic
responses and “replace-in-place” components.
Combining low-damage response mechanisms with
a non-ductile construction material such as timber

Figure 3 - Rocking motion

The low-damage rocking motion has previously
been integrated with timber in seismic design both
in low-rise construction and in experimental
research [7]. In 2012, the University of Canterbury
constructed a three-storey building in Nelson using
LVL shear walls based on the established posttensioned precast concrete system, Pres-Lam [8]
Research is currently being undertaken in Europe
on the strength and performance of CLT in seismic
events. In 2014, Gavric, et al [7], collated previous
experimental data of rocking tests on CLT walls to
assess the seismic response and energy dissipation.
The predominant observed response to lateral
loading was rocking. Additionally, Flaig and Blaß
(2014) are conducting further research into the
unique strength properties of CLT [9]. However, no
research has been presented for the benefits of fully
integrated CLT panels to form full-height building
cores.

2 INTEGRATED PANEL CORE
2.1 CLT PANEL ARRANGEMENT
The core of integrated CLT panels has a rectangular
or square section that is sized to suit strength and
stiffness demands, and the architectural
requirements of the lift/stair core. The CLT panels
can be utilised at the maximum size that is available
from the manufacturers, 16m long x 3m wide and up
to 500mm thick. However, shipping by container
may limit the dimensions to 12m long x 2.4m wide.
Close fitting CLT panels are suited for the central
core because they will remain dimensionally stable.

WCTE 2016 e-book | 4734

As shown in Figure 4, the panels’ horizontal butt
joints are staggered.

Figure 4, the corner keys are castellated and the
others are zigzag. These joints transfer load in
direct bearing and do not rely on steel fixings,
like screws and bolts. The accuracy of the CNC
machining allow the panels to fit closely and
precisely. The strength and constructability of
the castellated and zigzag joints are
theoretically suitable and are presently being
tested at the University of Auckland. The
panels’ horizontal butt joints have steel plates
and timber rivets to transfer vertical tension and
horizontal shear.
2.3 PROPOSED CORE TO FOUNDATION
SYSTEM
This connection system is designed to ensure:
Simple construction using readily
available materials
Energy dissipation within the joint
to minimise damage to the main structure
during seismic actions
Defined parts of the assembly,
termed ‘fuses’, yield during major seismic
actions and, if damaged, can be easily
replaced
The connection system for the core to the
foundations, as shown in Figures 5, to 7, consists of
pairs of steel ‘I’ shaped sections at each corner to
prevent translation. Typically, the core is in
compression due to gravity loads but in major wind
and earthquake events tension will occur. This
tension is transferred to the foundations by tie-down
rods which are placed regularly around the core. The
tie-down rods are also fuses that can be easily
replaced if damaged due to yielding.

3. TIE DOWN BAR ARRANGEMENT
Figure 4: Elevation of eight level core of integrated CLT
panels. (Hoop beams & butt joint plates not shown for
clarity. FL=Floor Level)

2.2 PANEL JOINTS

To ensure that the panels of the central core are
integrated to form one large structural element,
shear, compression and tension forces need to
be transferred between the vertical joints of
adjacent panels. To transfer shear and
compression the sides of the CLT panels are
shaped to form ‘keys’ which mesh with the
‘keys’ of the adjacent panels. As shown in

The testing reported in this paper is for the tie-down
rods of the connection system between the core and
the foundations. The tie-down rod arrangement is
shown in Figures 5 to 7. The foundation rod, and
coupler are embedded in the concrete foundation.
The load path for tension in the core transferring to
the foundations is: tension in CLT core → inclined
screws tension → LVL cleat compression →
top washer (bending) → top nut (compression) →
tie down rod (tension) → rod coupler (tension)
→ foundation rod tension → foundations. The
‘weakest’ part of the assembly is the replaceable tiedown rod to ensure that it will yield before the other
components reach their strength limits.
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Figure 7: Detail ‘A’ from Figure 8
Figure 5: Plan of core to base attachments. Vertical
cantilevers (steel) at corners resist translation. Tie down
bars both sides of walls resist uplift. Possible internal
walls are also shown.

All parts of the core to foundation connection system
are standard ‘off the shelf’ items. The inclined wood
screws are specifically made for connecting large
pieces of engineered timber and have a continuous
thread and are self-tapping. The tie-down rod, rod
coupler, and foundation rod are standard items made
by
Reid
Construction
Systems
[http://www.reids.co.nz/]. The tie-down rods and
foundation rods are made from ReidBar™ which is
a hot rolled 500E reinforcing bar with deformations
forming a continuous right hand thread and is
manufactured to the Steel Reinforcing Materials
code, AS/NZS4671:2001 [10]. The ‘rod coupler’ is
achieved using a Reid Threaded Connector which is
designed to exceed the tensile capacity of the
threaded reinforcing bars, and provide connections
suitable for seismic conditions. The testing
described below also incorporated a Reid footplate
to assist anchoring the foundation rod into the
foundations. If, after a seismic event, the tie-down
rod has permanently elongated due to yielding, it can
be unscrewed from the coupler and replaced by a
new one (which is screwed into the coupler).

Figure 6: Part elevation of core to base attachments.
Vertical steel cantilevers at corners resist translation. Tiedown rods resist uplift
Figure 8: Reid items arrangement. From bottom to top:
footplate, foundation rod, coupler, tie-down rod. The top
nut is not shown.
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4 METHODOLOGY FOR TESTING
THE CORE TO FOUNDATION TIE
DOWN BAR ARRANGEMENT
The test set-up, as shown in Figures 9 & 10, is
horizontally loaded the top of a 2.4m high x 1.2m
wide x 240mm thick CLT panel and aimed to
examine the behaviour of the tie-down rod
assemblies when they were subjected to a value
of 3. To match the compressive stress at the base of
the four story core during a seismic event, four
vertical post-tensioning bars were introduce. All
members of the core to foundation connection
arrangement are sized so the tie-down rods are the
‘weakest’ part and yield before any of the other
components reach design strength. The components
in the test set-up are shown in Table 1.

Figure 10: Test rig
Table 1: Summary of components, listed bottom to
top, in each tie-down connection

Figure 9 - Test setup

41. LATERAL LOAD ACTUATOR
A lateral load was applied at the top of the 2.4m
high wall by a 50 tonne hydraulic actuator. The
load was applied using a purpose-built steel
encasement which ‘pushed’ the wall in both
directions to ensure there was no local tensile force
applied to the CLT panel.

Component
Reid Footplate
Foundation Rod,
Reidbar (500E)
Reid Coupler
Tie-down Rod,
Reidbar (500E)
LVL
Encasement
Inclined Screws
Flat Washer
Plate
Reid Full Nut

Properties (mm)
RB12FP
RB12 (185x12ø)

Quantity
1
1

RB12C
RB12 (900x12ø)

1
1

hySPAN 90
(800x200x 63)
Wurth Assy plus
chse hd scr
Aw30 (140x8ø)
200x63x12

1

RB12N

18
1
1

4.2 POSTRESS FOR REPLICATING
VERTICAL LOAD
External post-tensioning was organised to produce
an additional axial compression load of 178kN on
the wall. This load would produce the same axial
compressive stress in the panel as at the base of the
core of the four storey prototype building during
seismic actions. Four threaded M20 high-tensile
steel bars transferred force through two stiffened
parallel flange channel beams at the top of the wall.
This additional load was imposed as the axial load
in the rocking structure affects the period and
energy dissipation. Due to the expected uplift
(rocking motion) of the wall, however, the stress of
these bars would have increased considerably. This
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would have detrimental effects on the test results
by both increasing the axial load experienced by
the wall, and by creating unrealistic levels of
energy dissipation. The stiffness of each posttensioning bar was 20944N/mm. An uplift of
10mm at the centre of the wall would cause a total
theoretical load increase in each bar of 838kN. This
would potentially cause failure of the posttensioning system.
This was mitigated by using a “spring-in-series”
system. Adding an element of considerably low
stiffness greatly reduced the overall stiffness of the
post-tensioning system (Equation 1). A high
performance plastic, Lurethane, was chosen as the
“spring”.
1

1

1

(1)

Where

(2)
Compressive testing was conducted on the stiffness
properties of the Lurethane, using an Avery
machine. These results approximately validated the
derived relationship in Equation 3 [11]. A Shore
Durometer hardness, , of 90 is equivalent to a
Young’s modulus, , of 20.8MPa.
0.0981 56 7.62336
0.137505 254 2.54

(3)

The stiffness of the system, with 100mm length
Lurethane springs (Figure 11) reduced to
2133N/mm. The same 10mm uplift would cause a
load increase of 85kN. The post-tensioning
provided approximately 60kN of replicated dead
load for Test 1. Thus, when the uplift of the middle
of the panel is 14mm, the compression load will be
approximately 178kN and the compression stress
will be as expected at the base of the core of the
prototype four storey building. A 14mm uplift in
the middle of the panel means that the top of the
panel will have moved horizontally around 60mm
(equivalent to µ=2, as shown below). There was
approximately two days between the two tests. This
resulted in a further reduction in post-tensioning
load to 30kN due to creep in the timber. To achieve
a compression load of 178kN in the panel, the top
of the panel would need to be translated by around
70mm (equivalent to around µ=2.3). For a core in a
multi-storey building in a seismic event, the
compression load would not significantly alter. The
post stress load in the test panel fluctuates with
panel rotation and, thus, approximates the
compressive stress in the core of the prototype four
level building. This will affect the shape of the load
deflection curve but it will be more accurate than if
there was no prestress force. The behaviour of the
hold-down ties which is the most important aspect

of the testing is not altered by the variation in
compressive stress.

PU40

Figure 11: Idealised spring-in-series system (left)
and Lurethane (right)

4.3 SHEAR RESISTANCE
To resist translation at the base of the panel, two
150mm by 10mm equal angle steel sections were
bolted to the concrete using embedded M16 4.6/S
bolts. These were set away from the ends of the
wall to allow for minor sliding and rotation during
rocking.
4.4 INSTRUMENTATION
Various data acquisition tools measured the
systems response during the testing. Portal gauges
(Figure 12) were placed at four locations on both
faces of the wall and measured the uplift. These
also could measure any potential out-of-plane
motion of the wall. Two string potentiometers were
used to the displacement of the wall. One was
placed at the top of the wall to monitor the overall
displacement. The second, placed at the mid-point,
measured any sliding or bending of the wall. Donut
load cells (Figure 13) measured the tension forces
in two of the fuses, and monitored the posttensioning stresses.

Figure 12:
Portal gauges

Figure 13 - Donut load cell
& Permanent extension of
the tie-down rod at μ = 3.
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4.5VERIFICATION OF REPACEABILITY
After completion of the first test, observations of
fracturing or yielding in any test rig components
would be recorded and, if possible, the Reidbar fuse
would be unscrewed and replaced. A second test
procedure would then be repeated in a manner
identical to the first. Thus, the same CLT specimen
was tested twice to compare the strength of the
foundation connection system after replacing the tiedown rod.

4.6 LOAD HISTORY

Figure 14: Hysteresis of first test

A single CLT panel with four full-scale
connections was subjected to two quasi-static
lateral loading tests that were applied using a
loading history derived from Park [12]. In Table 2,
0.75fy relates to the condition when the stress in
the tie-down rods is 75% of fy; ‘Displacement’ is
the movement at the top of the panel; and ‘Force’ is
the load in the Load Actuator.
Table 2: - Approximate displacements and applied
loads at top of panel

0.75fy
µ=1
µ=2
µ=3

Displacement
23mm
30mm
60mm
90mm

Force
75kN
100kN
125kN
145kN

4.7 RESULTS of TESTING
Two quasi-static tests were conducted which
produced clear results that show the system
responded as expected. Between the two tests, the
replaceability of the Reidbar fuse was confirmed.

5 TESTING
5.1 TEST 1
The verification of design determined that for μ =
1, the top of the wall displacement to be
approximately 32mm. This was slightly above the
expected 30mm when extrapolating from the
displacement of 22.5mm recorded for the tie-down
rod at 0.75fy. At μ = 2, displacement at the top of
the wall was 60mm. As this was the maximum drift
limit, the wall was not displaced beyond this point
in Test 1.

The yielded Reid tie-down rods exhibited significant
permanent extensions of 25.1mm (after nineteen
load reversals). The tie-down rod strain of 0.03 was
well within the strain limit of 0.20 defined by Reids
Construction Systems [13], although the force in the
tie-down rod at 0.03 strain was recorded at 73.4kN,
while theoretical axial force at 0.20 strain supplied
in the Reids Design Guide was 79kN. The hysteresis
plot in Figure 14 shows force applied to the wall
against top displacement. As shown, unrecovered
strain in the tie-down rods caused free rocking
motion until the strain commenced again, at which
point rocking was controlled.
Sliding of the structure is shown as displacement
and does not reach zero when unloading. Total
sliding in the structure was approximately ±3mm,
which is acceptable. The area in the curve
represents energy dissipation due to three
phenomena; frictional energy loss due to sliding of
the structure, yielding of steel Reid tie-down rods,
and rocking of the core containing compression
load.
5.2 REPLACEMENT OF REID BARS
AND SECOND TEST
After the first test, no failure modes or defects were
observed in any of the connection components or
the CLT wall. Removal of the elongated Reidbars
after the first test was simple and took little time.
Four new Reidbars were then slotted into the LVL
encasements and tightened to the Reid threaded
Couplers which took a few minutes. The ease of the
Reidbar replacements suggested no deformation of
the threaded couplers.
Loading history of the second test was similar to
the first. The first three cycles of loading was
pushed to 0.75fy, corresponding to 22.8mm of
horizontal displacement at the top of the wall. At
the point of yielding (μ = 1), displacement was
measured at 33mm. at μ = 2, displacement was
measured at 60mm. These values were similar to
the first verification test.
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the top part of the pushover curves. As the system
was loaded and reloaded to further displacement,
however, there is a period of free rocking.

Figure 15: Uplift at μ = 3

Uplift of the CLT wall can be observed in Figure
15. Although the drift limit was 60mm, the wall
was pushed to 90mm (μ = 3) once to observe any
potential failure modes of the connection. No
observables faults or defects in any components
were observed. The Reidbar fuse yielded and
extended by 32.8mm (Figure 12) without fracture.
Figure 16 overlays the hysteresis plot of both tests.
As shown, there is a noticeable reduction in
stiffness of the system in the second test. This was
not due to a reduction in strength of the system,
however. Problems with post-tensioning resulted in
a lower post-tensioning force (13kN per bar
compared to 20kN in the first test), which led to
less dissipation of energy in the second test.

Figure 17: Pushover analysis

The period of the system was calculated both
theoretically, and from the systems response.
Housner’s simple rocking model determined the
theoretical period. The response produced two
distinct periods, one for the total response
(controlled rocking), and a second for the region of
low stiffness (free rocking) [14, 15]. These were
determined using Equation 13 from the secant and
tangent stiffnesses respectively. The secant
stiffness was an approximation of the whole motion
using Equation 4. The tangent stiffness was the
local gradient of the low stiffness region.
2

(4)
(5)

∆
Table 3 - Theoretical and actual periods of
system

Figure 16: Hysteresis plot of both tests

The non-linear pushover analysis of the system is
depicted in Figure 17. As shown in the hysteresis
graph, lower stiffness of the structure in the second
test is reiterated in the pushover analysis.
Additionally, permanent deformation can be clearly
observed as the hold-down rods enter the plastic
region. Once loaded to yielding point, unloaded,
and reloaded again, the Reidbars reached the
previous maximum displacement with less force
required from the load actuator. The stiffness then
increased until plastic deformation was once again
reached. Pushing the structure to maximum
displacement without previous yielding would have
had a force against displacement line enveloping

Displacement (mm)
Axial load (kN)
Secant stiffness (N/mm)
Tangent stiffness (N/mm)
Housner period (s)
Total period (s)
Free rocking period (s)

Test 1
µ=2
60.9
80.5
1976
291
0.53
0.40
1.05

Test 2
µ=2
µ=3
61.8
90.9
56.5
62.5
1911
1542
762
786
0.54
0.66
0.34
0.40
0.55
0.57

The axial load used to determine the period was an
average of the force experienced by the system
during each cycle.
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Figure 18 - Total force in post-tensioning system [is
this for Test Two]

6

DISCUSSION

This paper describes a newly proposed multi-storey
building system based on CLT cores, and the design
and testing of the cores’ foundation connection
arrangement. Testing was of a single CLT panel, but
the axial compression stresses in the panel
replicated those at the base of the core of a prototype
four storey building. The testing showed that during
seismic events the foundation connection
arrangement for the panel (and hence cores) results
in both controlled & uncontrolled rocking which
increases ductility and energy dissipation. A
ductility factor of 3 was successfully achieved
during testing of the panel. The hysteresis plots of
the system show a combination of free and
controlled rocking which exhibits energy
dissipation. The hysteresis indicates an increased
time period in the structure.
During testing, the axial load applied affected the
periods of the system. The theoretical period
according to Housner, as described by Ma in 2010,
was very similar for the two 60mm displacement
tests [6]. The period for the low stiffness region of
the second response was 1.05s, considerably
greater with the larger axial load. The total period,
however, was relatively similar despite the larger
axial load. This could be a result of the proportion
of free rocking to controlled rocking in the smallscale test.
The system does have potential to isolate a building
from ground acceleration, resulting in attracting
less seismic energy and sustaining less damage.
Considering that the load in the hydraulic actuator
during Test Two was lower than the intended
replicated load (of Test One), the stiffness of the
free rocking region would be expected to decrease
further. In addition, the high axial load and
significantly greater displacement expected of a
full-scale building in a seismic event could
potentially allow this low stiffness region to have
significant impact on the period. A longer period is
desirable in high-rise construction, as the building
will attract less load as shown in Figure 19.

Figure 19 - Elastic spectral shape

Easy removal and replacement of the Reidbars
shows that the connection can be applied to realworld situations. After an earthquake, engineers can
assess damage sustained by the building and replace
the “fuses” with minimal time and cost. Similar
results in the second test show that strength is not
compromised when replacing the Reidbar. The
feasibility of the connection has positive
implications for the use of structural timber in highrise buildings and may point engineers towards a
material that is cheaper, faster to assemble,
aesthetically pleasing and a renewable resource.
This may pave the way for CLT to become
commonplace in multi-storey building design.

7 CONCLUSIONS
The aim of this research was to describe a new
system for high-rise buildings based on a core of
CLT panels; and to design and test a foundation
connection for the CLT core to determine its
application to high-rise construction in seismic
zones. The core to foundation connection design
was successfully validated through construction and
testing. Good energy dissipation was exhibited by
the system through both controlled and uncontrolled
rocking motion, and minimal damage was sustained
by the structure. Replaceability of the connection
was confirmed after the first test, with the
permanently elongated Reidbar ‘fuse’ being easy to
remove and replace with a new Reidbar ‘fuse’. The
second test confirmed similar strength in the same
wall when applying a similar loading history.
A question to be answered in the next research
phase is ‘does the core behave as a rectangular (or
square) hollow section with the plane sections
remaining plane?’ If the plane sections remain plane
then the cross-sections are fully engaged and the
core is particularly efficient resulting in less costs
due to reduced core timber.
The conducted testing can be considered adequate
for the initial validation of the connection design.
However, further testing should be conducted to
determine the full potential of the design and assess
any weaknesses. This recommended testing is as
follows:
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a)
Tensile testing on the Reid fuses
and anchorage system to deduce optimum
‘fuse’ length etc
b)
Repeated lateral load testing of
CLT system with less conservative design
to ensure feasibility.
Further investigation into the region of low stiffness
in the response caused by free rocking motion is
suggested as the period increase may have greater
impact on full-scale buildings. This has the potential
to isolate a building from ground acceleration. The
recommended investigation is as follows:
a)
Determining a suitable empirical
model for the periodic response.
b)
Using finite element models to
replicate the hysteretic response.
c)
Small scale dynamic testing to
validate these models.
d)
Comparison of the dynamic
response with other seismic-resisting
systems to determine feasibility.
e)
Shake table testing of ‘large’
models with a scale factor of 4.0 max.
Finite Element Analyses on the concept of building
cores made of integrated CLT panels commenced at
the University of Auckland in January, 2015. The
prototype building for the analyses is the same as
described in section 4 of this paper but with twelve
levels. The initial analyses show that the CLT
building core system as outlined in this paper will
behave as expected and the resulting stresses and
deflections are within commonly accepted limits
and, thus, likely to be useful for multi-level
construction.
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LOCAL DUCTILITY IN TIMBER BEAM TO COLUMN CONNECTIONS
Guillermo González-Beltrán1
ABSTRACT: This paper presents a research study about timber connections in moment resisting frames, with
materials commercially available in Costa Rica. With new developments in engineered timber, the Costa Rican Seismic
Code included a chapter on timber structures, defining moment resisting timber frames with several values of structural
global ductility, depending on the local ductility of the connections. A research study was then carried out, with the
objective of determining the structural behaviour and static ductility factor of a beam to column connection. Twelve
specimens were constructed and tested, varying the geometric characteristics, wood species and type of bolts. The
specimens consisted of a glulam beam and column segment connected with a different bolt pattern. The beam segment
was loaded at its free end to induce a moment in the connection, and the ends of the column segment were simply
supported. The rotation of the connection was measured by placing two LVDTs in the beam and two LVDTs in the
column. It was found that the ductility factors achieved by the test specimens ranged from 2.0 to 2.7 in average. The
moment capacity of the connections can be safely estimated using the nominal values of bending yield strength of the
bolts and the dowel bearing stresses. These results are an important input for the Costa Rican Seismic Code and for the
development of engineered timber in Costa Rica.
KEYWORDS: timber connections, beam to column connections, ductility, semi-rigid connections.

1 INTRODUCTION 123
In Costa Rica, timber was widely used for construction
during the first half of the 20th century. However, with
the arrival of the concrete block and the unconscious
felling of native trees, the use of timber in buildings
diminished rapidly. During the second half of the 20th
century, timber in construction was left to finishes such
as floors, roofs, decks, skirting, stairs and the like.
During the 80’s and 90’s decades, efforts were made to
reforest land in different parts of the country and some
timber for building houses and buildings was obtained
and even today is obtained from that source. As not all
the demand is supplied from native forests and
plantations, in recent years increasing amounts of lumber
and plywood are imported from different countries, such
as Chile, China, United States, Argentina and Brazil. A
few timber companies started to grow and produce
timber for construction. In 2002, the Costa Rican
Seismic Code [1] included a chapter on structural timber.
It was a two pages’ chapter that gave a few indications
on structural design of timber, mostly referencing to
other documents. In 2008, the new chapter on timber
structures expanded to 20 pages. In this chapter, moment
resisting timber frames with several values of structural
global ductility, depending on the local ductility of the
connections were incorporated. At that time, a research
1

University of Costa Rica, School of Civil Engineering, Postal
Code: 11501-4060, San Pedro, San José, Costa Rica,
guillermo.gonzalez@ucr.ac.cr

program was conducted at the University of Costa Rica
in which different topics were approached, such as
material
physical
and
mechanical
properties,
connections, beams and shear walls. The purpose of this
paper is to present the research carried out in Costa Rica,
regarding timber connections in moment resisting
frames.

2 MATERIALS AND METHODS
2.1 TEST SPECIMENS
Three types of specimens (A, B and C) were utilized
during the research program. All the specimens consisted
of a glued laminated timber (glulam) beam to column
connection. The length of the segments of beam and
column were determined by the points of inflection in a
typical frame; the gravitational and lateral loads were
obtained from the analysis of a hypothetical building and
the location of the connections. Table 1 shows the
geometric characteristics of all test specimens.
2.1.1 Specimen A
As can be seen in figure 1, test specimen A consists of a
laminated timber beam to column connection, using a
rectangular pattern of bolts, and a steel plate inserted in
the middle of the beam and column. The wood species
for the beam and column is Pinus radiata imported from
Chile. The dimensions of the beam segment are 135 mm
(thickness) by 400 mm (width) by 1300 mm (length).
The column is made of two pieces of 100 mm
(thickness), 270 mm (width) and 2900 mm (length). The
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bolts are 12.7 mm in diameter, ASTM A 325 (fu = 825
MPa, fy = 635 MPa). The dimensions of the steel plate
are 6.35 mm (thickness) by 400 mm (width) by 500 mm
(length), ASTM A 36 (fy = 250 MPa). The horizontal
spacing of the bolts is 75 and 70 mm in the beam and
column respectively, and the vertical spacing is 150 and
175 mm in the beam and the column respectively. The
edge distances are 50 and 30 mm in the beam and the
column respectively. The end distance in the beam is 55
mm.

are 140 mm (thickness) by 400 mm (width) by 1300 mm
(length). The column is made of two pieces of 50 mm
(thickness), 400 mm (width) and 3000 mm (length). The
bolts are 9.5 mm in diameter, ASTM A 307, Grade A (fu
= 420 MPa). The spacing of the bolts can be seen in
figure 2.

Table 1: Test specimen characteristics
Test specimen
Number of
specimens
Wood species
Column
segment
dimensions
Beam segment
dimensions

A

B

C

3

6

3

Pinus radiata

Pinus radiata
and Gmelina
arborea

Pinus radiata

200×270×
2900 mm

100×400×
3000 mm

250×300×
2700 mm

135×400×
1300 mm

140×400×
1300 mm
ASTM A 307
– Grade A,
9.5 mm in
diameter, 35
bolts in a
circular
arrangement

150×450×
2450 mm
Different
grades,
diameters
and
arrangements
for beam and
column

No plate was
used

ASTM A 36,
6.35 mm
thick

Bolts
characteristics

ASTM A
325, 12.7 mm
in diameter,
21 bolts in a
rectangular
arrangement

Characteristics
of steel plate
inserted in the
middle of beam
and column

ASTM A 36,
6.35 mm
thick

Figure 2. Test specimen B. Dimensions in mm.

2.1.3 Specimen C
As can be seen in figure 3, test specimen C consists of a
laminated timber beam to column connection, using a
rectangular pattern of bolts in the column and a circular
pattern of bolts in the beam. The wood species for the
beam and column is Pinus radiata imported from Chile.
The dimensions of the beam segment are 150 mm
(thickness) by 450 mm (width) by 2450 mm (length).
The column is made of two pieces of 125 mm
(thickness), 300 mm (width) and 2700 mm (length). The
diameter of the bolts in the column is 19.1 mm, ASTM
A 325 (fu = 825 MPa, fy = 635 MPa). The diameter of the
bolts in the beam are 7.94, 9.53 and 12.7 mm, ASTM A
307 (fy = 420 MPa) as can be seen in figure 3. The
spacing of the bolts is shown in figure 3.

Figure 1. Test specimen A

2.1.2 Specimen B
As can be seen in figure 2, test specimen B consists of a
laminated timber beam to column connection, using a
circular pattern of bolts. In this case, one connection
(B1) is made with Pinus radiata imported from Chile
and the other one (B2) is made with Gmelina arborea
from Costa Rica. The dimensions of the beam segment

Figure 3. Test specimen C
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2.2 EXPERIMENTAL SETUP
The test specimens were supported at the ends of the
segment of the columns by two simple supports and
loaded at the end of the segment of the beams as shown
in figures 4 and 5. For specimens A and B, the load was
applied vertically (see figure 4), whereas for specimen C,
the load was applied horizontally (see figure 5). The
supports consist of steel plates and bolts anchored to the
reaction frame or floor. The force was transmitted by the
actuator to the end of the segment of the beams by a steel
plate with a bolt.
2.3 LOADING PROTOCOL

⎛  2  3 ⎞
1 ⎛  4 +  5 ⎞
⎟  tan ⎜
⎟
L
1
⎝
⎠
⎝ L2 ⎠

 = tan 1 ⎜

[1]

Where:

i = displacement measured by LVDT i according to

figure 6.
L1 = horizontal distance between LVDT 2 and 3.
L2 = vertical distance between LVDT 4 and 5.

LVDT 1 measures the beam displacement in the
direction of the load.

The loading protocol is based on the procedure described
in ASTM E 564 [2] for the monotonic load tests and
ASTM E 2126 (procedure B) [3] for the cyclic load tests.
In the case of the monotonic tests (one per type of
specimen), the load is applied at a constant rate until
imminent failure (after the maximum load decreases by
20%). The cyclic load tests (two per type of specimen)
are based on the ultimate displacement reached in the
monotonic test. The first cycles are performed one time,
until 7.5% of the ultimate displacement. The rest of the
cycles are repeated three times in increments of 20% of
the ultimate displacement, until failure.
2.4 INSTRUMENTATION
The connection was instrumented with five Linear
Variable Differential Transducers (LVDTs) placed in
such a manner that the rotation of the connection can be
approximated (see figures 4, 5 and 6).

Figure 5. Experimental setup with specimen C

Figure 6. Location of LVDTs in the specimen

3 RESULTS
3.1 Summary of results
Figure 4. Experimental setup with specimen A

The LVDTs measure the displacement of the points
shown in figure 6, relative to a fixed element. From these
measurements, the rotation of the connection ( ) can be
approximated by the following equation:

The main results are shown in Table 2. The maximum
moment is obtained by multiplying the maximum load
by the lever arm (distance from the application of the
load to the centre of rotation of the connection). The rest
of the values in table 2 are calculated by assuming an
equivalent energy elastic-plastic curve according to
ASTM E 2126 [3].
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Table 2: Structural properties of timber beam to column
connections (average values)
Test specimen

A

Maximum moment, Mmax
48.3
[kN∙m]
Yield Moment, MY [kN∙m]
42.0
2.47
Yield rotation, Y [°]
5.66
Ultimate rotation, u [°]
16.2
Flexural stiffness, K [kN∙m/°]
Ductility factor, D
2.33
*1: Pinus radiata. 2: Gmelina arborea

1

B*

2

Once K is calculated, the yield moment (MY) is obtained
from:

⎛
2A ⎞
M Y = ⎜⎜  u   u 2 
⎟ K
K ⎟⎠
⎝

C

63.6

51.6

110

55.2
3.99
8.06
13.9
2.02

44.0
2.81
5.47
15.8
1.99

89.6
2.40
6.31
37.5
2.66

[4]

The yield rotation is then calculated by:

Y =

3.2 Calculation procedure

MY
K

[5]

The ultimate rotation u is the rotation at failure or
0.8Mmax after Mmax is reached. Hence, the ultimate
rotation is obtained from equation [1] at failure or
0.8Mmax.

The maximum moment, Mmax is:

M max = Pmax L

[2]

The ductility factor D is obtained from:

Where:

D=

Pmax = maximum applied load during test.
L = distance between the load application point and
centre of rotation of the connection (lever arm).

u
Y

[6]

M

The yield moment is calculated assuming an equivalent
energy elastic-plastic curve (EEEP). For the cyclic load
tests, an envelope curve is obtained from the maximum
points in the first cycle of each rotation. This is done for
the positive and negative curves (see figure 7). Once the
envelope curves are drawn, the EEEP curve is derived
(see figure 8).

Monotonic or envelope curve
Equivalent Energy Elatic-Plastic Curve (EEEP)

Mmax
MY
Mu  0.8Mmax

0.4Mmax

M

Y

max

u



Figure 8. Representation of the EEEP curve


3.3 Moment - Rotation curves
Observed curve

Specimen A

Envelope curve
Stabilized curve

Figure 9 shows the monotonic curve for specimen A
whereas figure 10 and figure 11 present the cyclic curves
for specimen A.

Figure 7. Envelope curve

The area under the envelope curve (A) up to u is
estimated first. The initial flexural stiffness is assumed to
be:

K =

0.4M max

e

[3]

Where e is the rotation estimated with equation [1] at
0.4Mmax.
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Specimen B1 (monotonic)

Specimen A (monotonic)
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Figure 12. Moment - rotation curve for specimen B1,
monotonic

Figure 9. Moment - rotation curve for specimen A, monotonic
Specimen A (cyclic 1)

Specimen B1 (cyclic 1)
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Figure 13. Moment - rotation curve for specimen B1, cyclic-01

Figure 10. Moment - rotation curve for specimen A, cyclic-01

Specimen B1 (cyclic 2)

Specimen A (cyclic 2)
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Figure 11. Moment - rotation curve for specimen A, cyclic-02

1

Figure 14. Moment - rotation curve for specimen B1, cyclic-02

Specimen B2
Specimen B1
Figure 12 shows the monotonic curve for specimen B1
whereas figure 13 and figure 14 present the cyclic curves
for specimen B1.

Figure 15 shows the monotonic curve for specimen B2
whereas figure 16 and figure 17 present the cyclic curves
for specimen B2.

11
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Specimen C (monotonic)
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Figure 18. Moment - rotation curve for specimen C, monotonic

Figure 15. Moment - rotation curve for specimen B2,
monotonic

Specimen C (cyclic 1)

Specimen B2 (cyclic 1)
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Figure 19. Moment - rotation curve for specimen C, cyclic-01

Figure 16. Moment - rotation curve for specimen B2, cyclic-01

Specimen C (cyclic 2)

Specimen B2 (cyclic 2)
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Figure 20. Moment - rotation curve for specimen C, cyclic-02

Figure 17. Moment - rotation curve for specimen B2, cyclic-02

3.4 Failure modes
Specimen C
Figure 18 shows the monotonic curve for specimen C
whereas figure 19 and figure 20 present the cyclic curves
for specimen C.

Specimen A
Figure 21, 22 and 23 show the various failure modes
observed for specimen A.

7
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Figure 21. Failure mode in specimen A, monotonic. Left:
splitting of column timber. Upper right: deformed bolt from the
column. Lower right: bearing in timber column bolt holes

Figure 25. Failure mode in specimen B1, cyclic-01. Left:
splitting of column timber and shear failure in the beam. Upper
right: deformed bolts. Lower right: splitting through circular
pattern of bolts

Figure 26. Failure mode in specimen B1, cyclic-02. Left:
splitting through circular pattern of bolts and shear failure in
beam. Right: deformed bolts.

Figure 22. Failure mode in specimen A, cyclic-01. Left: no
damage in column timber. Upper right: deformed bolt from the
beam. Lower right: splitting in a row of bolts in the beam

Figure 23. Failure mode in specimen A, cyclic-02. Left:
splitting near the upper row of bolts in the beam. Upper right:
deformed bolt from the beam. Lower right: deformed bolt from
the column

Specimen B2
Figure 27 and figure 28 show the various failure modes
observed for specimen B2.

Figure 27. Failure mode in specimen B2, monotonic. Left:
splitting of column timber (through glued laminations). Upper
right: deformed bolts. Lower right: splitting through circular
pattern of bolts

Specimen B1
Figure 24, 25 and 26 show the various failure modes
observed for specimen B1.

Figure 24. Failure mode in specimen B1, monotonic. Left:
splitting of column timber. Right: deformed bolts

Figure 28. Failure mode in specimen B2, cyclic-01 and 02.
Left: shear failure in the beam. Upper right: deformed bolts.
Lower right: splitting in glued laminations in the beam and no
damage in the connection
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Specimen C
Figure 29 and figure 30 show the various failure modes
observed for specimen C.

Figure 29. Failure mode in specimen C, monotonic in both
directions. No damage in the connection. Left: actuator
pushing (figure 18). Right: actuator pulling (figure 18)

Figure 30. Failure mode in specimen C, monotonic and cyclic.
Bending of connecting steel plate due to out of plane instability

3.5 Material physical properties
Table 3 shows the moisture content (MC) and oven-dry
relative density (G0) of the specimens at the time of test.

Table 3: Test specimen properties
Test specimen
A
B1
B2
C

MC [%]
15.5
15.3
7.9
14.9

G0

0.42
0.44
0.49
0.46

4 DISCUSSION
The structural behaviour of the test specimens can be
summarized in the following phases (see figures from 9
to 20 for reference): 1-Approximate linear tendency until
40% of the peak load. 2- Non-linear behaviour with a
slow stiffness decrease until 80% of the peak load. 3High decrease in stiffness until the peak load is reached.
4- Load decrease until failure due to splitting of the
wood.
Comparing the curves for the monotonic tests (figures 9,
12, 15 and 18), it can be established that most of the
specimens behaved similarly with the exception of

specimen C. Also, it can be noted that specimen B2
showed lower capacity and deformation.
What happened with specimen C, is that the portion of
the steel plate connecting the beam and the column that
was not embedded, failed by buckling (see figure 30).
Hence, the connection could not develop its full
capacity. The bolts could barely yield but were not able
to deform plastically. Although the connection was able
to dissipate energy in the cyclic tests (see figures 19 and
20), it was the result of the steel plate buckling, rather
than the energy dissipation due to the deformation of the
bolts. It could be possible to improve the performance of
test specimen C, by thickening the connecting steel plate
or reducing the distance between the beam and the
column. The monotonic test of specimen C was
performed in both directions (push and pull in figure 18)
because of the premature out of plane failure caused by
buckling of the steel plate (see figure 29). A ductility
value for the monotonic test of specimen C was not
calculated. The result shown in table 2 is the average of
the ductility values of the corresponding cyclic tests.
The problem with specimen B2 was a premature shear
failure in the beam (see figure 28). That is why the
specimen could not develop its full capacity (see figures
15, 16 and 17). The previous was due to a quality control
deficiency in the production of the glulam elements,
since it can be observed that the shear failure occurred in
the bond line of the laminations. A behaviour similar to
specimen A and B1 would be expected for specimen B2
if the latter had not occurred.
The hysteresis loops showed a consistent pinching effect
due to the empty spaces left by the bearing of the bolts in
the wood. A decrease of about 20% of the peak load was
also observed in the second and third cycles, which is
expected for this type of tests [4]. The hysteresis loops
for specimen C are different because of the failure mode,
which was due to out of plane bending of the steel plate
as explained before.
Although the moment-rotation curves showed
considerable energy dissipation, the local ductility
factors were lower than expected. This might be due to
one or more of the following reasons: 1-The method
used for calculating the ductility factor. 2- The use of
high strength bolts which are less ductile. 3- Insufficient
space between bolts, ends and edges, inducing a
premature failure by splitting the wood. 4. In a few
cases, the quality of the laminated timber failing in
shear.
The nominal moment Mn of the connections was
estimated according to reference [5] and [6]. Table 4
shows the nominal and experimental moments for each
of the specimen and their respective difference.
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Table 4: Nominal and experimental moment
Test
specimen

Nominal
Mn [kN∙m]

Experimental
Mexp [kN∙m]

Difference
[%]

A
B1
B2
C

57.2
43.2
42.8
81.6

48.3
63.6
51.6
110

-18.4
+32.1
+17.0
+25.8

As can be seen from table 4, the only connection that
presented a lower experimental moment in comparison
with the nominal moment was that one of specimen A.
In this connection, the experimental value for the
monotonic test was approximately the same as the
nominal value. However, a decrease was observed in the
cyclic tests (see figures 9, 10 and 11). It seems that a
higher strength is achieved in the monotonic test. This
was not the case for the rest of the test specimens in
which there was not a significance difference between
the monotonic and cyclic test. It is also noted that the
results of the cyclic tests for specimen A were the only
ones lower than the nominal value. In order to be sure
that this difference is due to a characteristic decrease in
strength for the cyclic tests or just natural variability,
more tests should be conducted. For specimen C, the
nominal moment does not correspond to the observed
failure mode. However, it is probable that the connection
would have reached a higher load and hence, the
difference between the experimental and nominal
moment would have been higher as well.
The rotational stiffness of the connection was similar in
test specimens A, B1 and B2; ranging from 13.9 to 16.2
kN·m/° in average, which indicates that the stiffness of
and individual bolt when bearing in the wood was
approximately the same. The rotational stiffness of test
specimen C was higher (37.9 kN·m/°) due to the
different bolt pattern.

5 CONCLUSIONS
The static ductilities of the tested connections varied
from 2.0 to 2.7 in average. With these values, the
structural global ductility of the moment resisting timber
frames is limited to 1.0 according the Costa Rican
Seismic Code [1].
In the case of specimens B and C, the estimated nominal
moment was lower than the average experimental value
whereas for specimen A, the estimated nominal moment
was higher.
The maximum moments were the same for the
monotonic and cyclic tests except for specimen A in
which the monotonic maximum moment was 20%
higher.
The moment capacity of the connections can be safely
estimated using the nominal values of bending yield
strength (FYb) of the bolts and the dowel bearing stress
(Fe).

The rotational stiffness of the connection ranged from
13.9 to 16.2 kN·m/° for specimens A, B1 and B2, and
37.5 kN·m/° for specimen C.
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RESILIENT SLIP FRICTION (RSF) JOINT: A NOVEL CONNECTION SYSTEM
FOR SEISMIC DAMAGE AVOIDANCE DESIGN OF TIMBER STRUCTURES
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ABSTRACT: Damage in recent major earthquakes has resulted in engineers’ effort on the development of techniques
which not only provide life-safety, but also aim to minimise damage so that buildings could be reoccupied quickly with
minimal business interruption and repair costs. In this paper, an innovative Resilient Slip Friction (RSF) joint (patent
filed) is introduced which provides an advanced engineering solution for seismic damage avoidance design of new and
retrofitted buildings (low- to high-rise) either in timber, steel, concrete or hybrid of any. Design procedures have been
developed for capacity prediction of different possible configuration of this new joint either symmetric, asymmetric, or
combined. The results from joint component testing demonstrate the capacity of this novel joint system for dissipating
earthquake energy as well as self-centring to minimize the damage and the residual drift of the structure after a severe
event. The comparison between the predictions and test results validates the accuracy of the predictive model
developed. In addition to Translational RSF joints, other potential variations such as Rotational and 2D to 4D are also
presented to be used for specific applications. The presented joint also has the capacity to be instrumented to be used as
a reliable connection system for the structural health monitoring purposes.
KEYWORDS: Slip friction joint, Self-centring, Resilient, RSF joint, Damping, Ductility, Low-damage design,
Earthquake resistant, Lateral load-resisting system

1 INTRODUCTION 123
With a clear global increase in frequency and impact of
seismic events, there is an ever-growing need to ensure
public safety, minimise fatality risk and economic
impact of seismic events. Damage in recent major
earthquakes has resulted in efforts by engineers to
develop techniques which not only provide life-safety,
but also aim to minimise damage so that buildings could
be reoccupied quickly with minimal business
interruption and repair costs. There are two key
characteristics that needs to be provided for a structure to
be able to resist the earthquake loads with minimum
damage: 1) damping, and 2) self-centring.
In general, dampers could be classified in four different
categories [1]: 1) friction, 2) metallic, 3) viscoelastic,
and 4) viscous. The dynamic behaviour associated with

each of the afore-mentioned dampers is illustrated
through their hysteretic response, as shown in Figure (1).
(a)

(b)

(c)

(d)
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Figure 1: Classi ication o ampers
a riction,
metallic, c iscoelastic,
iscous
As it can be deduced, none of the energy dissipating
systems gets fully self-centred after unloading and as a
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result a residual displacement is observed which is
incurring damage in the system. In recognition of this
fact, an additional self-centring mechanism needs to be
incorporated (Figure 2) to improve building resilience
and prevent post-event repairs [2-4], well-known as
Damage Avoidance Design (DAD) philosophy.

Figure 2: ysteresis response o a system ith sel centring an energy issipating characteristics
Friction joints using simple flat steel plates sliding over
each other have already proven to be an effective
structural connection solution. The energy dissipation
mechanism of friction joints is one of the most efficient
amongst passive devices. However, the lack of selfcentring in these joints requires the use of an additional
system to bring back the structure to its initial position
after an earthquake, which is always costly. One of the
common techniques for providing self-centring is use of
post-tensioning tendons [4-7], as shown in Figure 3.
(a)

In this paper, a novel friction joint is presented in which
the components are formed and arranged so that the selfcentring capacity is achieved as well as damping, all in
one connection system. This new Resilient Slip Friction
(RSF) joint invented by Zarnani and Quenneville [14]
could have a considerable impact on the building
industry as it is exactly aligned with the high demand for
damage avoidance techniques, in particular, costefficient ones. The presented joint system can be used
for new and retrofitted buildings (low- to high-rise)
either in timber, steel or concrete.

2 NEW RESILIENT SLIP FRICTION
JOINT
The components and assemblage of the RSF joint are
shown in Figure 4. The outer cap plates and the centre
slotted plates are grooved and clamped together by use
of high strength bolts. When the imposed force to the
joint overcomes the frictional resistance between the
surfaces, the centre slotted plates start to slide and
energy will be dissipated through cycles of sliding. The
specific shape of the plates grooves along with the use of
Belleville washers (also known as coned-disc springs)
and high strength bolts provide the desirable selfcentring characteristic for this slip-friction joint. The
angle of the grooves is designed in such a way that at the
time of unloading, the reversing force induced by the
elastically compacted Belleville washers is larger than
the resisting friction force acting between the plates
surfaces. Therefore, the system is re-centred by the
reversing force upon unloading.
(a)

(b)
High
strength
bolts

(b)

Belleville
washers
(c)

Cap and slotted plates
(c)

Figure 3: amples o resilient lateral loa -resisting
systems using post-tensione ten ons a im er
structures , ,
teel structures
, , c Concrete
structures
,

Figure 4: R joint
a section ie , components, c assem lage
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It should be noted that the sliding plates can only travel
the length of one groove as their movement will be
restricted by the completely flattened (or locked)
Belleville washers. The length of the groove and the
number of washers will be designed for achieving the
displacement required for a targeted ductility.
Moreover, the lateral resistance of this new joint is
higher than the conventional friction joints for a similar
clamping force provided by high strength bolts. Hence,
through this new friction joint, not only there is no need
for employing costly post-tensioning systems, but also
the number of bolts could be reduced and accordingly
the steel plate size could be decreased.

(a)

(b)

Figure 6: oa ing o symmetric R joint a riction
plates at rest e ore slip,
riction plates at ultimate
loa ing

3 DEVELOPED DESIGN APPROACH
Design procedures has been developed for different
possible configurations of RSF joint: symmetric,
asymmetric, and combined symmetric-asymmetric [14].
As shown in Figure 5, the flag-shaped cyclic
performance of the joint can be identified by the slip
force ( slip), ultimate resistance ( ult), restoring capacity
( restoring), residual resistance ( resi ual), and the joint
ultimate displacement (δult). When the applied load is
greater than the slip force, the sliding in the joint occurs
resulting in rocking of the structure. Therefore, the slip
has to be higher than the serviceability loads such as
wind forces. By conducting numerical analysis, the
optimum sliding force can be specified, ranging between
50% to 75% of the joint ultimate capacity [15]. The
magnitude of the restoring force is also a critical factor
to be taken into account for a resilient seismic design to
provide re-centring of the structure.

(a)

(b)

Figure 7: nloa ing o symmetric R joint a riction
plates at ultimate unloa ing,
riction plates at
restore position
The slip force of the connection can be determined by
slip

 2n

, pr (

sin   s cos 
)
cos   s sin 

(1)

in which, θ is the grooves angle; s is the coefficient of
static friction; ,pr is the bolt clamping force as a result
of being pre-stressed; and n is the number of bolts on
each splice (For instance, in Figure 4, n equals 2). The
residual force at the end of unloading is calculated by
Equation 2 where μk is the coefficient of kinetic friction
which can be assumed as 0.6μs.
Figure 5: ully sel -centring lag-shape hysteresis
response o R joint
3.1 SYMMETRIC RSF JOINT
In this configuration, the slotted holes are located on the
middle plates which are clamped by cap plates from both
sides. The joint capacity has been derived based on the
free-body diagram shown in Figures 6 and 7. As can be
found in the fee body diagrams, the bolts clamping force
changes from the joint initial position to its ultimate
displacement. Also, the direction of the friction
resistance vector is reversed during unloading.

resi ual

 2n

, pr (

sin  k cos
)
cos   k sin

(2)

The joint ultimate capacity at loading ( ult) and
unloading ( restoring) can be determined by replacing the
μs, μk and ,pr in Equations 1 and 2 with μk, μs and ,u,
respectively.
The ultimate force on the bolt ( ,u) is given by
in which, k is the stiffness of the
,u 
, pr  k 
stack of washers on the bolt and Δ is the maximum
possible deflection of washers after initial pre-stressing.
Based on the above described equations, it can be
concluded that

slip
ult



resi ual
restoring



, pr
,ult

.
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The maximum lateral deflection of the joint can be
expressed by   n  in which, nj is the number of
ult
j
tan 
joints in serial arrangement. For instance, in the joint
illustrated in Figure 4, nj equals 2 as a double acting
connectors.

Similar procedure outlined for symmetric case can be
followed to estimate the joint ultimate and restoring
capacities ( ult and restoring).

It should be noted that for achieving the joint selfcentring behaviour, it is necessary to satisfy tanθ > μs,
and >  where is the horizontal distance between
sin 
the top and bottom of the groove.

This configuration is a combination of the aforementioned symmetric and asymmetric cases. As shown
in Figure 9, the slotted holes are shifted from the middle
plate to the grooved cap plates to provide additional
sliding surfaces leading in increasing of overall frictional
resistance. The load-carrying capacity of this
configuration is twice the asymmetric one. In this
configuration, the design consideration already described
for each of the symmetric and asymmetric cases has to
be taken into account.

In this symmetric configuration, bolts are only under
tension stresses as they are not transferring shear forces.
The steel plates have to be designed to resist the tension
and compression forces during cyclic loads. In addition,
the potential bending of the cap plates (like a beam under
point loads) needs to be taken into consideration.

3.3 COMBINED SYMMETRIC ASYMMETRIC
RSF JOINT

3.2 ASYMMETRIC RSF JOINT
As shown in Figure 8, in an asymmetric configuration,
there is a grooved cap plate on one side of the middle
slotted plate and a flat one on the other side. In this
configuration a larger angle for the grooves has to be
adopted to achieve the desired self-centring behaviour
since the flat cap plate does not contribute is re-centring
the joint. The groove angle needs to be designed
considering the following condition:

sin 
 s
1  cos 

Figure 8: symmetric R

joint

The slip and residual forces of the asymmetric
connection can be determined by

n

resi ual

n

joint

(3)

There is no requirement for using Belleville washers for
the flat cap plate (Figure 8) as its movement only occurs
horizontally while there is such a need for grooved cap
plate with vertical motions. It should be emphasized that
in an asymmetric configuration, the bolts in the
connection need to transfer the applied force through
shear and tension. Therefore, they should be designed for
both, likewise the steel plates.

slip

Figure 9: Com ine symmetric-asymmetric R

sin   s cos 
)
cos   s sin 
sin   k cos 
)
, pr ( k 
cos   k sin 

, pr ( s



(4)

4 CONNECTION PARAMETERS
EFFECT
The cyclic hysteresis responses shown in Figures 10 to
15 illustrate the effect of connection parameters on its
performance comprising of the variations in magnitude
of the slip force, ultimate capacity, restoring force,
residual resistance, joint displacement and hysteresis
damping ratio (ξ ). The connection parameters studied
hyst

consist of the angle of the groove, coefficient of friction
(CoF), number of Belleville washers in series and
parallel, number of the bolts, and the initial pre-stressing
force of the bolts.
The difference between the ult and restoring indicates the
frictional resistance that needs to be overcome during
unloading to allow the joint to reverse back to its original
position. As shown in Figures 10 and 15, by adopting a
higher CoF (through different material arrangements for
the sliding surfaces) and increasing the clamping force
(through using more bolts), the frictional resistance
increases accordingly, as theoretically expected.
By comparing the connection parameters effect on the
hysteresis damping ratio, it can be found that only the
increment of the groove angle has a reverse effect on the
ξ . Increasing the CoF, number of washers in parallel,
hyst

and also the pre-stressing force result in a larger ξ
(5)

hyst

while increasing the number of washers in series and
number of bolts have no effect.
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EXPERIMENTAL VERIFICATION
In order to experimentally investigate the hysteretic
behaviour of the RSF joint, a symmetric RSF joint with
the grooves angle of 30 degrees was fabricated and
tested under quasi-static loading. Cap plates were
manufactured with mild steel grade 300 and slotted
centre plates with bisalloy grade 400 for achieving a
more uniform frictional behaviour between sliding
surfaces. Four high strength bolts with minimum of 830
MPa tensile strength were employed (two bolts in each
splice). The stack of Belleville washers on each side of
each bolt comprised of four series springs with 38 kN of
load at flat position. The pre-stressed force of each bolt
( ,pr) was 5 kN. The stacks of Belleville washers were
placed under the nuts of the bolts and the nuts were
tightened until the desired pre-stressed force (5 kN) per
bolt is achieved. A specific lubricant is used between the
cap plates and centre plates to increase the durability of
the friction surfaces by controlling the possible galling
and rusting. Figure 16 shows the test setup for the RSF
joint prototype.
(a)

(b)

Figure 17: est result s pre iction

POTENTIAL APPLICATIONS
.1 LATERAL LOAD RESISTING SYSTEMS
This new connection system provides a cost-effective
solution for seismic damage avoidance design of
different types of buildings either in timber, steel,
concrete, or hybrid of any. This damage resistant joint
can be implemented in connections of different lateral
load resisting systems such as braced frames, moment
resisting frames or shear walls, as shown in Figure 18. It
also can be implemented for retrofitting purposes of
earthquake-prone buildings.
(a)

Figure 16: rototype testing o ranslational R
symmetric a e ore slip, a ter slip

joint

The experimentally obtained flag-shaped hysteresis
(Figure 17) demonstrates the fully self-centring
behaviour of the system. It shows that the system
returned to its initial position after cycles of loading and
unloading. The comparison between the predictions and
the test results validates the accuracy of the analytical
model developed for predicting the connection
performance. The coefficient of friction was obtained as
0.15 for the specified surfaces with the special
lubrication. For this specific lubricant, the restoring force
was observed to be about 55% of the ultimate force. By
reducing the groove angle from 30 to 15 degrees, this
ratio could decrease to a value as low as 30%. Use of
high capacity washers of about 110kN (with 70 mm in
outer diameter) has been investigated at Auckland
University resulting in approximately 3 times higher
capacity and larger displacement compared to the current
tested washers.

(b)

(c)

Figure 18: otential applications o R joints a
racing rame, moment resisting rame, c shear all
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.2 SECONDARY STRUCTURES
The collapse of heavy facades and claddings as a result
of failure of cladding panels or connections during an
earthquake could be a serious life-hazard. In multi-storey
buildings, facades are commonly in the form of a curtain
wall (Figure 19a) connected to the main frame of the
structures. Application of RSF joint in the connections of
such secondary structures can be an efficient solution for
satisfying the safety of those either escaping the building
or passing on the street during the seismic event. Also,
this new joint system can be implemented in the
connections of heavy industrial shelves (Figure 19b)
which in fact can be considered as a scaled-down
replicate of a real structure, requiring a lateral load
resisting system. This new earthquake-proofing
connection system can prevent the damage to the storage
system and more significantly the commodity stored
inside.
(a)

Figure 21:

R

joint inclu ing cap an slotte
plates

The combination of different configurations of RSF
joints could provide specific connection systems. For
instance, the combination of Rotational and
Translational RSF joints (Figure 22a) for having a
resilient damper at the floor-to-shearwall connection has
the capacity to accommodate the uplift and rotation of
the shear wall during rocking and prevent undesirable
induced bending stresses on the beam (Figure 22b).
(a)

(b)

(b)
Figure 19: otential applications o R
secon ary structures a hea y aca es,
shel es

joint in
in ustrial

.3 OTHER VARIATIONS OF RSF JOINT
ROTATIONAL, 2D TO 4D
The concept of translational resilient slip friction joint
could be extended to two dimensional (2D) and
Rotational variations (Figures 20 and 21).

Rotation and uplift not controlled

Rotation and uplift controlled

Figure 22: loor-to- shear all connection a com ine
Rotational an ranslational R joints, un esira le
eam en ing i not controlling rotation an upli t

Figure 20: Rotational R joint inclu ing cap an
slotte plates

Also, the combination of Translational, Rotational and
2D RSF joints could provide a resilient damper at deckto-pier connection of bridges which has the capacity to
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accommodate all the deformations at X, Y, and Z
coordinates as well as the rotation (in case of
eccentricities in the bridge plan), in fact a four
dimensional (4D) RSF joint (Figure 23).

Figure 23: otential application o
R joints in
ri ges accommo ates e ormations at , , an
irections as ell as Rotation
.4 SMART RSF JOINT FOR STRUCTURAL
HEALTH MONITORING
As one of the RSF joint features, the joint displacement
can be directly related to the force applied to it with high
precision (Figure 24a) to be used for structural health
monitoring purposes. In other types of joints or dampers,
the use of an accelerometer is necessary to estimate the
force resulting in insufficient accuracy of the data
collected due to high rate of noises affecting the correct
recording of acceleration during an earthquake.
As shown in Figure 24b, the RSF joint can be
instrumented by sensors
(e.g., potentiometer,
LVDT/DVRT, portal gage) to determine the deflection
of the joint and the structure, the exact forces to which
the joint and the structure have been subjected and
eventually any potential stiffness degradation of the
whole structure as a result of structural damage. Sensors
integrated into the RSF joint may be self-powered using
piezoelectric or elastic generators. Information sensed at
the sensors may be transmitted by wireless means to a
data collection system. Data from a single joint may be
combined with data from other joints to provide
aggregate information about portions or the entirety of
structures.
(a)

(b)

Figure 24: mart R joint a joint e ormation
irectly relate to the orce applie , joint
instrumente y isplacement sensor

CONCLUSIONS
In this study, an innovative Resilient Slip Friction (RSF)
joint is introduced which provides an advanced solution
for seismic damage avoidance design of buildings. The
results from joint component testing demonstrate the
capacity of this novel joint system for dissipating
earthquake energy as well as self-centring, providing a
cost-effective alternative to post-tensioning. The
advantages of the application of this new joint is
demonstrated by examples of a timber shear wall and a
timber-based moment-resisting frame reported in
Hashemi et al. [16], and Valadbeigi et al. [17],
correspondingly. It should be noted that this new earthproofing connection system can be used in all types of
new and retrofitted structures (low- to high-rise) either in
timber, steel or concrete. The comparison between the
predictions and test results validates the accuracy of the
analytical model developed for capacity prediction of
this new joint. In addition to Translational RSF joints,
other potential variations such as Rotational and 2D to
4D are also presented to be used for specific
applications.

ACKNOWLEDGMENT
The financial support of Auckland UniServices Ltd for
this research project is greatly appreciated by the
authors.

REFERENCES

[1] Constantinou, M. C., and M. D. Symans.
"Experimental study of seismic response of
buildings with supplemental fluid dampers". he
tructural esign o all uil ings 2.2: 93-132,
1993.
[2] Khoo H., Clifton C., Butterworth J., MacRae G. "
Development of the self-centering sliding hinge
joint with friction ring sprins“. ournal o
Constructional teel Research, 78:201-211, 2012.
[3] Canterbury Earthquakes Royal Commission
(CERC). “Low-damage building technologies”.
ISBN: 978-0-478-39558-7, Christchurch, New
Zealand, 2012.
[4] Priestley M. J. N., Sritharan S., Conley J. R., and
Pampanin S.: Preliminary results and conclusions
from the PRESSS five-story precast concrete test
building. PCI Journal, 44(6):42-67, 1999.
[5] Iqbal, A., Pampanin, S., Buchanan, A., and
Palermo, A. “Improved Seismic Performance of
LVL Post-Tensioned Walls Coupled with UFP
Devices”. th aci ic con erence on earth uake
engineering, Singapore, 2007.
[6] Palermo, A., Pampanin, S., Buchanan, A.,
Newcombe, M. “Seismic Design of Multi-Storey
Build-ings using Laminated Veneer Lumber
(LVL)".
lanning
an
ngineering
or
er ormance in arth- uakes con erence, Taupo,
New Zealand, 2005.
[7] Sarti, F., Palermo, A., Pampanin, S. “Design and
testing of post-tensioned timber wall systems”.

WCTE 2016 e-book | 4760

[8]

[9]
[10]
[11]

[12]

[13]

[14]
[15]

[16]

[17]

orl Con erence on im er ngineering, Quebec,
Canada, 2014.
Buchanan, A., Bull, D., Dhakal, R.P., MacRae, G.,
Palermo, A., and Pampanin, S. “Base isolation and
damage-resistant technologies for improved seismic
performance of buildings”. Technical Report to the
Canterbury Earthquakes Royal Commission,
Christchurch, New Zealand, 2011.
Buchanan, A. “Building in engineered wood postChristchurch”. PMA/WPA/FTMA Conference, New
Zealand, 2013.
Build Magazine. “Seismic Technology Showcase”.
Retrieved from http://www.buildmagazine.org.nz,
2014.
Lin, Ying-Cheng, Sause, R., and Ricles J. "Seismic
performance of a large-scale steel self-centering
moment-resisting frame: MCE hybrid simulations
and quasi-static pushover tests". ournal o
tructural ngineering 139.7: 1227-1236, 2012.
Midstate Precast. “Concrete solution for highperformance
buildings”.
Retrieved
from
http://cenews.com/article/8918/concrete-solutionfor-high-performance-buildings, 2012.
Rodgers, G. W., Chase, J. G., Mander, J. B.,
Dhakal, R. P., & Solberg, K. M. "DAD PostTensioned Concrete Connections with Lead
Dampers: Analytical Models and Experimental
Validation". th aci ic Con erence on arth uake
ngineering, 2007.
Zarnani, P. and Quenneville, P. ”A Resilient Slip
Friction Joint”. pplication o
, ile
ay
,
ice.
Valadbeigi A., Zarnani P., and Quenneville P.
“Determining the optimum slip load of the Friction
damped concentrically braced multi-storey timber
frame”.
rocee ings o
the
th
aci ic
Con erence arth uake ngineering uil ing an
arth uake-Resilient aci ic, Sydney, Australia,
2015.
Hashemi, A., Zarnani, P., Valadbeigi, A.,
Masoudnia, R., and Quenneville, P. “Seismic
Resistant Timber Walls with New Resilient Slip
Friction Damping Devices”. nternational et ork
on im er ngineering Research
R meeting,
Graz, Austria, 2016.
Valadbeigi A., Zarnani P., and Quenneville P.
”Dynamic Evaluation of Hybrid Timber-Steel
Moment-Frame Structure Using Resilient Slip
Friction Connections”. rocee ings o the orl
Con erence on
im er
ngineering, Vienna,
Austria, 2016.

WCTE 2016 e-book | 4761

EXPERIMENTAL TESTING OF WOOD-STEEL-WOOD MOMENTRESISTING BOLTED CONNECTIONS
Sam Salem1, Adam Petrycki2

ABSTRACT: The outcomes of an experimental study aimed to investigate the structural behaviour of wood-steel-wood
glulam frame moment-resisting connections that were subjected to static bending are presented in this paper. Each frame
test assembly was consisted of two glulam beams simply supported at their far ends and were connected to an inverselyloaded glulam column in the centre using two steel T-stub connectors. Two test variables including bolt’s end distance
and number of bolt rows were investigated in eight full-size glulam beam-column assemblies. Test results revealed that
increasing the number of bolt rows from two to three, with each row included two bolts, significantly increased the
connection moment capacity with much greater increments compared to those added by increasing the bolt’s end distance
from four- to five-times bolt diameter. However, brittle failure modes were found to be more pronounced in the
connections with three rows compared to the connections with two rows of bolts.
KEYWORDS: Glulam timber, Moment-resisting connections, Steel T-stub connectors, Brittle failure modes.

1 INTRODUCTION 123
Glue-laminated timber (Glulam) members are composed
of smaller sections of wood, known as lamina, that are
glued together to form a final product that has larger
length and cross section dimensions than its individual
components, as well as stronger mechanical properties
compared to the individual lamina. This fabrication
procedure forms an advantageous approach to utilizing
trees that were previously ignored as building materials
due to their small size and/or low mechanical properties.
In general, larger glulam members have been used in the
construction of industrial, commercial and institutional
buildings for the past few decades in Canada. However,
glulam beams are increasingly being used in the Canadian
building construction market as a result of the newer
versions of the building codes that currently allow the
application of wood as the main building material in midand high-rise construction in a number of provinces. Since
glulam members can be made to have any desired width,
depth and length, it is possible to manufacture heavy
timber structural components that are capable of resisting
heavy loads. Unfortunately, the currently available
technical documentations in Canada do not provide
adequate design guidelines for moment-resisting timber
connections. The Canadian Wood Design Handbook
recommends bolt’s end distance of five-times and four1
Sam Salem, Ph.D., P.Eng. Assistant Professor, Dept. of Civil
Eng., Lakehead University, Canada, sam.salem@lakeheadu.ca

times bolt diameter for connections resisting tensile and
compressive axial loads, respectively [1]. A number of
research studies suggest that it is achievable with the use
of adequate bolt’s end distances to reduce the possibility
of brittle failure in heavy timber connections [2]. In
particular, metallic connectors can provide heavy timber
connections with an increased source of ductility and
energy dissipation; however, in some cases they promote
the formation of brittle failure modes [3-5]. Another
important aspect for optimizing the use of heavy timber
sections like glulam is the application of momentresisting connections in framed structures. Current
research on heavy timber connections has been focusing
on studying the resistance to axially-applied compressive
and tensile loads [6]. Unfortunately, very few research
projects have been conducted to investigate the actual
behaviour and moment resisting capability of heavy
timber connections [7, 8], especially with respect to lateral
resistance of tall timber structures [9]. Generally
speaking, the greatest concern with the increasing use of
wood as the main construction material in taller buildings,
in the public eye, is its fire resistance. In particular, there
is very little available literature on the fire behaviour of
moment-resisting heavy timber connections, as the focus
has been given to study the fire behaviour of timber
connections that are loaded in either tension or
2
Adam Petrycki, M.Sc. Candidate, Dept. of Civil Eng.,
Lakehead University, Canada, apetryck@lakeheadu.ca
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compression; parallel or perpendicular to the grain [1012].
This paper presents the results of an experimental study
undertaken to evaluate the strength and stiffness of woodsteel-wood glulam frame bolted connections. Eight fullsize beam-to-column test assemblies were examined
under static bending. Each specimen was consisted of two
glulam beams connected to a middle glulam column using
two concealed steel T-stub connectors. Test variables
included bolt’s end distance and number of bolt rows.

distance was taken as four-times bolt diameter, while the
other end distance was taken as five-times bolt diameter.
Detailed measurements of the steel T-stub connectors
with four- and five-times bolt diameter end distances are
shown in Figures 1 and 2, respectively. The end distance
is defined as the measurement taken from the end of the
beam section interfacing with the T-stub connector to the
centre line of the first column of bolts. Each connection
configuration of end distance and number of bolts was
experimentally tested twice for results validity.

2 EXPERIMENTAL PROGRAM
Glulam beam-to-column connections were gradually
loaded to failure in order to evaluate their maximum
moment capacity and to observe possible failure modes as
test variables were changed.
2.1 MATERIALS
2.1.1 Glulam Beams and Columns
Beams and columns forming the test assemblies were all
made of black spruce glulam rectangular sections (318
mm x 137 mm), with stress grade of 24F-ES/NPG and
architectural appearance grade [13]. The lamina used in
these sections measure 25 mm x 50 mm approximately,
and they were finger jointed at their ends and glued
together in horizontal and vertical layers. Outer lamina
was planned down to provide the designed width and
depth for the cross section. The principle mechanical
design properties of the utilized glulam sections in the
longitudinal direction are listed in Table 1.
Table 1: Mechanical properties of glulam sections

Property
Comp. parallel to grain
Comp. perp. to grain
Tension parallel to grain
Modulus of elasticity
Modulus of rupture

Strength
(MPa)
33.0
7.5
20.4
13100
30.7

Figure 1: Details of a steel T-stub connector with four-times
bolt diameter end distance

2.1.2 Steel Connectors
Assemblies were connected using concealed steel T-stub
connectors fabricated from 12.7 mm- (1/2 inch) thick
plates of 300W grade steel. Plates were secured to the
glulam column using 19.1 mm (3/4 inch) diameter fullythreaded steel rods, with a length of 450 mm. Glulam
beams were connected to the steel connectors using 19.1
mm (3/4 inch) diameter A325M high strength steel bolts.
2.2 TEST ASSEMBLIES DETAILS AND
FABRICATION PROCESS
Four full-size double-sided glulam beam-to-column
connection assemblies with one wood-steel-wood
connection configuration and two study parameters were
examined. Two assemblies had four A325M bolts in two
rows in each beam section, while the other two assemblies
had six bolts made of the same material and diameter in
three rows in each beam section. For each two connection
assemblies having the same number of bolts, two different
bolt’s end distances were used in the beams. One end

Figure 2: Details of a steel T-stub connector with five-times
bolt diameter end distance

WCTE 2016 e-book | 4763

Two identical steel T-stub connectors were used in each
test assembly. Figure 3 shows the two T-stub connector
sections attached to either side of the supporting glulam
column using four 19.1 mm (3/4 inch) diameter fullythreaded steel rods. Four holes were drilled through the
column section to accommodate the long steel rods.

Test designations and relevant details of the eight
assemblies tested are summarized in Table 2.
Table 2: End distance and numbers of bolts used in tests

Test No.
1(A and B)
2(A and B)
3(A and B)
4(A and B)

End Distance
4-times bolt dia.
4-times bolt dia.
5-times bolt dia.
5-times bolt dia.

No. of Bolts
4
6
4
6

2.3 TEST SETUP AND PROCEDURE

Figure 3: Steel T-stub connectors are attached to the
supporting glulam column using four long threaded rods

Adequate number of holes were drilled into the beam to
match the holes in the steel connectors. In order to
complete the fabrication of this beam-to-column
connection configuration, slotted cuts were made into the
beam cross sections using a portable band-saw mill. Also,
cylindrical notches were cut into the ends of the glulam
beams to accommodate the nuts attaching the steel
connectors to the column. The notches were located above
and below the rows of the connecting bolts and outside
the potential pull-out path of the bolts in the glulam beam.
Figure 4 shows a general test assembly with six bolts in
three rows in each beam section.

Each test assembly was inversely carried on two supports
3200 mm apart, which were secured to a steel I-beam that
had been placed within a large universal testing machine.
Test assemblies were gradually loaded to their failure in
order to evaluate the connections’ ultimate moment
capacities and possible modes of failure as test variables
were changed. Six linear variable differential transducers
(LVDTs) and one string gauge were installed and attached
to each test assembly in order to monitor the vertical
deflections at the assembly’s centre point, near the
supports, and near the column. A general test setup along
with the layout of the installed LVDTs (T1 through T6)
and string gauge (T7) is shown in Figure 5. LVDTs T1
and T6 were used to measure the beam vertical
displacements near the left- and right-side supports,
respectively. LVDTs T2 and T3 were used to measure the
vertical displacements of the beam on the left of the
column, which were subsequently used to calculate the
left-side connection rotations. On the other side, the
measurements of T4 and T5 were used to calculate the
right-side connection rotations. The string gauge T7 was
used to measure the deflections at the assembly’s centre
point.

Figure 5: Test setup and dimensions of a general glulam
beam-to-column test assembly

During testing, damages to the glulam beams were
marked and numbered to document the propagation and
nature of the failure in the test assembly with the increased
loads and connection rotations. Figure 6 shows one of the
test assemblies during testing, with magnetically attached
LDVTs seen at the supports and to the left of the column.
Figure 4: General beam-to-column glulam connection test
assembly with six bolts in three rows in each section
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3 EXPERIMENTAL RESULTS
The vertical displacements measured by the LDVTs were
used to calculate the resulting increase in the angle of
rotations between the glulam beam and the column as the
applied loads were increased leading one of the
connections to reach its ultimate moment capacity.
Sensors T2 and T3, shown in Figure 5, were used to
determine the rotations of the left-side beam-to-column
connection, Figure 7. While sensors T4 and T5, shown in
Figure 5, were used to determine the rotations of the rightside connection, Figure 8. Rotation outcomes for both
sides were found to be in good agreement for most of the
test duration. However, results shown in this paper are
based on the side of the connection that showed a
marginally lower performance. The glulam beam moment
values at the connection face were determined by
measuring the load applied to the column via a computer
interface connected to the universal testing machine,
calculating the resulting reactions at the centre of the
supports and considering the moment arm equal to the
distance from the centre of the support to the end of the
glulam beam at the connection.

Figure 8: LDVTs T4 and T5 measurements were used to
calculate the rotations of the right-side glulam beam connection

3.1 EFFECT OF BOLT’S END DISTANCE ON
THE CONNECTION’S ROTATION AND
MOMENT CAPACITY
Figure 9 illustrates the moment-rotation relationship
observed in test groups 1 and 3 using four bolts; with fourand five-times bolt diameter end distances, respectively.
In each group, tests A and B followed similar trends with
respect to the applied moments and resulting rotations.
Increasing the bolt’s end distance from four- to five-times
bolt diameter resulted in a slight increase in the moment
capacity of the connection. Maximum moments of 26.2
kN.m and 27.5 kN.m were observed in Tests 1A and 3B
respectively, with an increase of less than five percent.
30
25

Moment (kN.m)

Figure 6: Glulam beam-to-column assembly undergoing testing

20
15
Test 1A

10

Test 1B
Test 3A

5

Test 3B

0
0

0.1

0.2

0.3

0.4

0.5

0.6

Rotation (rad)
Figure 9: Moment-rotation relationships of test assemblies 1
and 3 (four bolts, four- and five-times bolt dia. end distance)

Test groups 2 and 4 used six bolts in the connection with
four- and five-times bolt diameter end distances,
respectively. The results of tests A and B in each group
yielded similar curves and were in good agreement with
each other, Figure 10.
Figure 7: LDVTs T2 and T3 measurements were used to
calculate the rotations of the left-side glulam beam connection
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Figure 10: Moment-rotation relationships of test assemblies 2
and 4 (six bolts, four- and five-times bolt dia. end distance)

Figure 11: Moment-rotation relationships of test assemblies 1
and 2 (four-times bolt dia. end distance, four and six bolts)

Increasing the bolt’s end distance from four- to five-times
bolt diameter while using six bolts in each connection
resulted in a greater increment in the connection moment
capacity, with a maximum moment of 38.9 kN.m
observed in Test 4A in comparison to Test 2B with a
maximum moment of 34.2 kN.m, approximately a ten
percent increase. It was observed that both connections,
each with six bolts, performed substantially better than
those with four bolts regardless of the end distance
variable changing from four- to five-times bolt diameter.
Tests 2 and 4 saw greater moments applied to produce the
same rotation values as seen in tests 1 and 3. It was also
seen that the incremental increase in the beam-to-column
connection moment capacity related to the increase in the
bolt’s end distance was much more pronounced when six
bolts were used in the connection in comparison to the
cases where four bolts were utilized.

The specified end distance of five-times bolt diameter was
utilized in test groups 3 and 4. Each glulam beam in test
group 3 was connected to the supporting column using
four bolts, while in group 4 the beams were connected
using six bolts. Similar moment-rotation trends were
observed in this comparison with respect to the
incremental increase in the connection stiffness with the
increase of the number of bolts used in each connection,
Figure 12. In general, the test assemblies in group 4 had
both higher maximum moment capacity as well as
increased resistance to rotation with applied loads, when
compared to group 3 assemblies. The maximum moment
applied to group 3 test assemblies was 27.5 kN.m;
however, increasing the number of bolts to six raised the
connection moment capacity in group 4 to about 38.9
kN.m in Test 4A. This reflects an approximate increase in
the connection moment-resisting capacity of about 40%.

3.2 EFFECT OF BOLTS NUMBER ON THE
CONNECTION’S ROTATION AND MOMENT
CAPACITY
Test 1, with 4 bolts, and Test 2, with 6 bolts, both featured
a reduced bolt’s end distance of four-times bolt diameter.
The moment-rotation relationships of test groups 1 and 2
are illustrated in Figure 11. Increasing the number of
bolts, while keeping the end distance the same,
considerably increased the stiffness of the connection. As
shown in Figure 11, at any applied moment, the
assemblies in Test 2 experienced much less rotations than
those in Test 1. The maximum moment applied to the
assemblies of Test 1, with four bolts, was calculated at
26.2 kN.m. In comparison, the applied moment in Test 2
with six bolts was calculated at 34.2 kN.m. This reflects
an approximate increase in the connection momentresisting capacity of about 30%. However, both test
groups reached similar connection rotation values
associated to the connection maximum moments, where a
maximum rotation of 0.26 radians and 0.27 radians were
recorder in test group 1 and test group 2, respectively.

45
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Figure 12: Moment-rotation relationships of test assemblies 3
and 4 (five-times bolt dia. end distance, four and six bolts)

The test connections in groups 3 and 4 generally achieved
greater rotation values associated to the connection
maximum moments compared to those with four-times
bolt diameter end distance, with the exception of Test 3B
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that was loaded at a slightly higher rate. The remaining
tests, 3A, 4A and 4B, generally underwent greater rotation
values before failure when compared to the tests with the
reduced end distance configuration in test groups 1 and 2.
A maximum associated rotation of 0.572 radians was
recorded in Test 3A, with four bolts and five-times bolt
diameter end distance. Also, Test 4B reached a maximum
recorded rotation of 0.385 radians, the highest for test
group 4 with six bolts and five-times bolt diameter end
distance.

observed splitting failure that occurred at the interface
between the wood fibres under compression and those
under tension when the top row of bolts was mobilized to
resist the gradually increased beam rotations.

3.3 FAILURE MODES
A number of brittle failure modes such as, row shear-out
and splitting were observed in all test assemblies. A
glulam beam-to-column connection loaded to failure can
be seen in Figure 13. The steel T-stub connectors
experienced almost no deformation in all tests, while a
number of the steel bolts experienced minimal
deformations in some of the test assemblies, in particular
with the connections using six bolts. For all connections,
failure was first observed to occur along the line of the
bottom row of bolts. Failure along this row resulted in
splitting or pull-out of the wood between the end of the
beam and the first bolt in the row, then between the first
and second bolt in the same row. This failure typically
continued to propagate past the bolt farthest from the end
of the beam as a longitudinal split in the glulam beam
occurred.

Figure 14: Brittle failure modes in Test 1B with four bolts and
four-times bolt diameter end distance

Figure 15: Brittle failure modes in Test 3B with four bolts and
five-times bolt diameter end distance

Figure 13: Typical failure modes in glulam beam-to-column
connections with six bolts in three rows

In the connections with four bolts, brittle failure modes
occurred along the line of the top row of bolts, and then
followed by similar trends of failure along the axis of the
bottom row of bolts. Figures 14 and 15 show these failure
modes in Test 1B and 3B, both connected with four bolts
and having four- and five-times bolt diameter end
distances, respectively. Figures 14 and 15 also show the

In the connections with six bolts, splitting or shear-out of
the wood along the middle row of bolts, or splitting above
the top row of bolts would precede the connection failure.
Figures 16 and 17 show the failure modes of Tests 2B and
4B connections, both with six bolts and having four- and
five-times bolt diameter end distances, respectively. It
was also observed that the failure modes in the glulam
beam connections with six bolts in three rows were more
severe compared to the connections with four bolts in two
rows. This can be interpreted as that the addition of extra
row of bolts in the middle mobilized a greater region of
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the wood cross section to sustain the applied loads and to
resist the gradually-increased beam rotations.

distance of four-times bolt diameter was deliberately used
in this study to observe the actual failure mode of glulam
connections with reduced end distance, as compared to
those with the code-specified end distance of five-times
bolt diameter. Table 3 provides a summary and
comparison of the maximum moments resisted by the
different glulam beam-to-column connections, as well as
the maximum associated beam rotations.
Table 3: Connections’ maximum moments and rotations

Test
No.

End
Distance

1A
1B
2A
2B
3A
3B
4A
4B

4d
4d
4d
4d
5d
5d
5d
5d

No. of
Bolts
4
4
6
6
4
4
6
6

Max.
Moment
(kN.m)
26.2
21.6
32.0
34.2
26.7
27.5
38.9
38.0

Max.
Rotation
(rad)
0.260
0.200
0.570
0.270
0.572
0.237
0.340
0.385

4 CONCLUSIONS
Figure 16: Brittle failure modes in Test 2B with six bolts and
four-times bolt diameter end distance

Figure 17: Brittle failure modes in Test 4B with six bolts and
five-times bolt diameter end distance

No crushing or compression failure modes were observed
in the glulam connections, or anywhere along the top
fibres of the beam. Also, no tension failure modes were
observed along the bottom fibres of the beam. Failures of
the glulam beam-to-column connections were based
primarily on the wood section resisting the row shear-out
failure mode driven by the stresses developed at the woodbolt interface.
3.4 SUMMARY OF TEST RESULTS
Adequate bolt’s end distance is generally required to
avoid brittle failure modes; however, a smaller end

According to the outcomes of the experimental study
presented in this paper, a number of conclusions have
been driven, and are listed as follows;
1. Increasing the end distance from four-times bolt
diameter to five-times bolt diameter increased
the glulam connection moment capacity, but
with smaller increments than those added by
increasing the number of bolt rows from two to
three, with two steel bolts in each row;
2. The incremental increase in the connection
moment capacity from a greater bolt’s end
distance was more pronounced in the
connections with three rows of bolts compared
to those using two rows of steel bolts, with two
bolts in each row;
3. All test assemblies experienced brittle failure
modes with minimal deformations in the
connecting steel bolts, and almost no
deformations in the steel T-stub connectors;
4. Brittle failure modes were more pronounced in
the six-bolt connections with three rows,
compared to the four-bolt connections with two
rows;
5. The glulam beam-to-column connection’s
moment capacity was primarily ruled by the
shear resistance of the wood section resisting the
row pull-out driven by the stresses developed at
the wood-bolt interface.
6. The two primary force types of concern were
tension and shear; no compression failure modes
were observed in any of the tested glulam beams.

5 RECOMMENDATIONS
According to the experimental results obtained from this
research project, it was seen that for the moment-resisting
connections utilizing glulam beams, the number of bolts
was more significant in determining the moment capacity
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of the connection compared to the bolt’s end distance.
Therefore, it is recommended that for the application of
glulam moment-resisting connections, six bolts to be used
in three rows instead of four bolts in two rows. It is also
recommended that either bolt’s end distance of four- or
five-times bolt diameter to be used, as the incremental
change in the connection moment capacity was marginal.
The spectrum of this research should be expanded by
investigating the followings; the introduction of
additional columns of bolts, developing T-stub connectors
that do not require circular notches to be cut into the
glulam beam sections, and the effect of defects, e.g., glue
lines between lamina and finger joints, on the moment
capacity of the glulam beam-to-column connections. This
type of concealed connection should also be investigated
for its fire resistance, as concealing the steel T-stub
connectors within the glulam sections may reduce the rate
of heat transfer to the steel components of the connection
and enhance the structural fire performance of such
connection configuration in comparison to similar
connection types with different configurations.
In addition, this application of glulam structural elements
in moment-resisting connections can be used in the
construction of taller wood buildings that are required to
have higher moment resisting capacities for lateral design
loads, such as wind and earthquakes.
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DUCTILE BEHAVIOUR OF DOWEL CONNECTIONS – APPLICATION
OF THE COMPONENT METHOD IN TIMBER CONSTRUCTION
Julius Postupka1, Ulrike Kuhlmann2, Frank Brühl3
ABSTRACT: Based on tension and bending tests of dowel connections the general feasibility of ductile moment resisting
joints in timber construction has been proved [1]. A first analytical model based on the component method showed a way
to predict the non-linear moment rotation behaviour of the joint concerning the expected strength as well as deformations.
To extend the scope of this component model and to enable a fully analytical calculation of the joint behaviour, the single
components have to be described in view of the maximum elastic and plastic loads and the related deformations. This
paper gives the requirements and approaches for the improvement of the analytical prediction of the single components
characteristics and their assembly for the joint behaviour.
KEYWORDS: Connection, ductility, strength, stiffness, component, joint, rotation capacity

1 INTRODUCTION 123
The dimensioning of load-carrying components in timber
construction is normally carried out based on an elastic
analysis by elastic stress verification. In order to achieve
reliable results within the structural analysis, it is
important to implement the load deflection behaviour,
currently the initial stiffness, within statically
indeterminate structures. If a possible ductile behaviour is
not taken into account neither a differentiation between
brittle and ductile failure modes nor a redistribution of the
internal forces are possible.
Investigations [1-3] on dowel connections indicate that
not only dowel connections loaded in tension but also
groups of dowels show a remarkable longitudinal and
rotational ductile behaviour. In reality, timber joints with
dowels neither show a perfectly rigid nor a perfectly
hinged, but rather a semi-rigid behaviour. First
approaches [4] based on the component method, known
from steel construction, enable a targeted use of this semirigid behaviour of timber joints.

Below the setup and the results of the experimental
tension and bending tests are summarised.
2.2 MATERIAL PROPERTIES
For the used timber and steel elements selected specimens
were tested and statistically evaluated before several
joints were assembled.
Timber elements
The timber components used for the experiments have
shown material properties complying with the grade of
GL24h. To ensure, that all dowels are embedded in the
same grading class, a homogeneous setup was chosen.
Before the manufacturing process was started, all the
lamellas were checked and the properties as well as the
location in the beam were documented. Table 1 shows the
statistical distribution of all 160 lamellas used in the
production of the glulam beams.
Table 1: Statistical distribution of the lamellas

Mean value

2 DUCTILE BEHAVIOUR OF DOWEL
TYPE CONNECTIONS

Modulus of
Elasticity

2.1 INTRODUCTION
Experiments conducted by Brühl [1] show that the wellknown remarkable ductile deformation potential of
reinforced single dowel connections [5] can be transferred
to reinforced multi dowel connections loaded in
longitudinal and also in rotational direction.
1

Julius Postupka, M.Sc., University of Stuttgart, Institute of
Structural Design, Pfaffenwaldring 7, D-70569 Stuttgart,
Germany, julius.postupka@ke.uni-stuttgart.de

Density

N
mm 2
446 kg
m3

12,850

Standard
deviation
2.053 N
mm 2
40.7 kg
m3

COV
15.9 %
9.1 %

Steel elements
Only the ductile potential of the fasteners enables
significant ductile deformations in timber connections.
2

Prof. Dr.-Ing. Ulrike Kuhlmann, University of Stuttgart,
Institute of Structural Design, Pfaffenwaldring 7, D-70569
Stuttgart, Germany, u.kuhlmann@ke.uni-stuttgart.de
3 Dipl.-Ing. Frank Brühl, WIEHAG GmbH,
f.bruehl@wiehag.com
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During the design process a well-balanced relation
between the maximum load of the joint and a sufficient
ductility has to be found. The failure mode is depending
primarily on the geometric dimensions and the material
properties of the involved timber and steel elements.
The ordered steel grade for the dowels was S235JR and
consequently the expected tensile strength was between
360 N/mm² and 510 N/mm². However, the measured
tensile strength of the dowels with a diameter of 16 mm
was at the upper limit of the expected value, the strength
of the dowels with a diameter of 12 mm was even above
the limit (see Table 2). Therefore the delivered steel
properties could rather be assigned to a steel grade of
S355J2 than to S235JR.
Normally a higher tensile strength leads to a higher
maximum load of the connection and could therefore be
considered as a desirable effect. In case of a planned
ductile behaviour of the joint, the over-strength of the
dowels leads to a higher ultimate load, which may change
the global joint behaviour from ductile into brittle.

The mean values of the load-displacement curves of the
conducted experiments on reinforced dowel connections
with a diameter of 12 mm are shown in Figure 1.
The results are standardized to the bearing resistance FRk
based on the standard [7] using the identified material
parameters and without the consideration of an effective
dowel number.
The results show a good accordance of the initial stiffness
and the bearing resistance among each other. The load
carrying capacity of the reinforced dowel connections is
almost identical, independent of the dowel arrangement
and the number of dowels. The experiments confirm the
findings of [8], hence the numbers of fasteners parallel to
the grain do not have to be reduced in reinforced
connections [7].
However, the most important finding is the pronounced
plastic plateau that can be found for every tested
connection. The occurring deformations of nearly 30 mm
at the failure load of the connections provide the
opportunity to allow for “plastic hinges” in timber joint.

Table 2: Tensile strength of the dowels, according to
EN 10025-2 [6]and measured [4]

2.4 BENDING TESTS

Ø

Ordered
steel grade

12 mm

S235 JR

16 mm

S235 JR

Tensile strength
according to [6]
measured

N
mm 2
N
360 to 510
mm 2
360 to 510

N
mm 2
N
488
mm 2

581

A further goal of the research work was to identify the
rotational potential of doweled timber joints. Therefore a
moment resisting joint with a timber-steel doweled
connection has been developed and tested in four - point
bending experiments [1]. Figure 2 shows the setup of the
bending tests, Figure 3 a detail of one of the developed
dowel connections.

As a consequence of the higher tensile strength, the dowel
arrangement of the tested connections has been adapted.
2.3 TENSILE TESTS
One aim of the tension tests was to obtain the load-slip
behaviour of the dowel groups which are used later in the
joint bending tests. To ensure that only one connection is
tested, a steel cover was adjusted with self-drilling screws
on the top of the test specimens.
To quantify the influence of the dowel arrangement on the
rotational capacity within the bending tests, the dowel
arrangements was chosen from a rather stretched (5x2) to
a wide alignment (2x4).

Figure 1: Load-displacement behaviour of reinforced dowel
connections with a dowel diameter of 12 mm for different
dowel arrangements [1]

Figure 2: Setup of the four-point bending tests [1]

The bending moment has been transferred via a defined
compression zone on the top, realised by a 180 mm x
65 mm steel block, and a dowel group in the tension zone
at the bottom. The dowel connection and the beam itself

Figure 3: Detail of moment resisting dowel connection [1]
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Figure 4: Moment – rotation behaviour of different joints
with a dowel diameter of 12 mm [3][4]

were reinforced against splitting perpendicular to the
grain with fully threaded screws.
The mean values of the moment – rotation curves of the
different test setups are shown in Figure 4.
For the stretched as well as for the compact dowel
arrangement the tested joints had a remarkable plastic
rotation potential. There is a correlation between the
moment resistance of the joint and the dowel
arrangement. As expected, the maximum moment
resistance increases with an increase of the inner lever arm
between the compression and tension zone.
For this reason, the joint with the most stretched dowel
arrangement (5x2) has an approx. 20 % higher moment
resistance compared to the arrangement with 3x3 dowels
although the number of dowels is only 10 % higher.
Another effect that can be recognized, the decrease of the
moment resistance for stretched dowel arrangements is
higher compared to rather compact arrangements. This
decrease of the moment resistance can mainly be traced to
geometrical effects, see [4]. With an increasing rotation of
the joint the inner lever arm is decreasing and as a
consequence also the moment resistance. Equation (1)
gives an analytical approach for the determination of the
shortening of the inner lever arm [4]. The geometrical
conditions and the decrease of the inner lever arm are
shown in Figure 5 and can be calculated with
2

 leverarm

⎛
⎛  ⎞⎞
2
= ⎜⎜ 2  r  sin ⎜ ⎟ ⎟⎟  u i
⎝ 2 ⎠⎠
⎝

(1)

where r is the distance between the pivot point and the
centre of the dowel group, ϕ is the joint rotation and ui the
horizontal displacement of the centre of the dowel group.
The effect of a decreasing moment resistance is more
pronounced for stretched dowel arrangements because a
larger lever arm at the beginning leads to a larger decrease
Δlever arm of the lever arm.

Figure 5: Decrease of the inner lever arm [9]

Two of the stretched dowel connections (5x2) showed a
brittle shear failure at the end of the tests. The third one
was governed by a bending/tensile collapse of the net
cross section of the flitch plate. These effects were caused
by the high load carrying capacity of the dowels and
therefore highly concentrated stresses in the tensile area
with a relatively small cross section. The dimensioning of
each involved structural element (also the flitch plate) and
not only of the timber components becomes more
important for this type of joint.
2.5 CONCLUSION
Reinforced dowel connections show a significant ductile
behaviour. This desired behaviour could not only be
activated under an axial loading, but also under bending.
It has been shown that in general it is possible to activate
a “plastic hinge” in timber constructions. The prevention
of a brittle failure of any timber component at an early
stage of the moment-rotation curve must be the main
objective for the dimensioning engineer. Therefore the
correct reinforcement of the joint plays a leading role.

3 COMPONENT METHOD
3.1 GENERAL
The component method originally has been developed for
the calculation of steel and composite joints. The
characterisation of the response of the joints in terms of
stiffness, resistance and ductility was defined as a key
aspect for design purposes [10]. Jaspart [10] furthermore
identifies three main approaches to be followed:
• experimental
• numerical
• analytical.
He considered that the only feasible design approach for
an engineer in practice is to calculate the joint behaviour
by the analytical approach. Therefore within the classical
component method the complex joint structure is
disassembled in single joint components of which
mechanical and geometrical properties are known. Also
the characteristic behaviour of the various joint
components can be determined either by experimental,
analytical or numerical methods. This analytical approach
has meanwhile been developed as code rules, see [11] and
[12].
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3.2 STEEL
Using the component method to dimension a steel or
composite joint, for every basic component the strength
and stiffness either in tension, compression or shear have
to be calculated.
These calculation results determine the properties of the
elastic or plastic springs used to assemble the spring
model for the complete joint (see Figure 6). In [11] and
[12] more than 20 different basic components for steel and
composite joints are listed.

approaches, see Figure 8. The tri-linear approach
probably is the most preferred way to come to a realistic
desription of the moment-rotation behaviour of the joint
at a reasonable expense.
In steel construction there are several methods to
determine the non-linear stiffness Sj. Some of them are
based on mechanical principles others are based on factors
which are derived from experimental studies.

a) Bi-linear

b) Tri-linear

c) Non-linear

Figure 8: Non-linear representations of a M-ϕ-curve [10]

3.3 TIMBER
3.3.1 Introduction

Figure 6: Spring model for a composite joint [13]

The initial rotational stiffness of a semi-rigid joint, as
shown in Figure 6, can be calculated as follows:

S j ,ini =

M Ed



=

Fz
 i
i

Several studies [1][3][4] have shown, that in general it is
possible to derive a component model for timber joints
analogous to the component method known from steel
construction. An example for a spring model of the
developed moment resisting timber joint [4] is shown in
Figure 9. For half of the joint given in Figure 3 the single
components such as contact plate in compression, dowels
in tension, tension perpendiculat to the grain and the
rotational component are identified.

(2)

z
With the initial rotational stiffness Sj,ini according to (2)
the elastic moment-rotation-behaviour of the joint can be
approximated as shown in Figure 7.

Figure 9: Spring model of a timber joint [4]

3.3.2 General requirements

Figure 7: M-ϕ-curve semi-rigid joint [13]

There are several possibilities for the approximation of the
plastic moment-rotation-behaviour of joints. The simplest
idealisations are the rigid – plastic and the elastic –
perfectly plastic ones. Besides these bi-linear approaches
there are also tri-linear or completely non-linear

The assembled component model should be able to
consider the main characteristics of the joint in view of
the maximum load and stiffness taking into account the
load-deflection behaviour of the various components.
However, to simplify the overall model, only components
which show significant deformations or a high utilisation
factor are considered in the spring model.
Usually the main focus is on stiffness and strength of a
joint. But in case redistribution of loadings in the
structural system should be activated also the rotation
capacity is of importance. Whether an available rotation
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capacity is suffiucient depends on the structural needs of
an indeterminate system, see [9].
3.3.3 Single components
To enable an analytical calculation of the joint behaviour
it is necessary to assemble the overall joint behaviour its
individual components behaviour. In the following, the
individual components for the joint shown in Figure 9 are
presented.
Tension perpendicular to grain
Preliminary investigations supported the assumption that
a premature failure in tension perpendicular to grain may
occur before the maximum moment resistance of the joint
is reached. To achieve an optimal moment resistance and
a ductile failure mode, all the joints tested were reinforced
with fully threaded screws as shown in Figure 9.
Therefore a failure in tension perpendicular to the grain is
therefore was excluded. Since this component had no
contribution on the moment-rotation behaviour, it has not
been taken into account for further calculations.
Compression component
To define a clear limited compression area the
compression forces were transferred by a contact steel
plate. As a consequence a high concentrated compression
zone was created at the top of the timber beam. This
allowed for a clear identification of the inner lever arm.
Figure 10 shows the compression zone of one of the tested
joints at the failure state. Depending on material scattering
or geometrical imperfections obviously one side is acting
perfectly elastic, while the other side shows a remarkable
plastic behaviour.

sides of the joint reduces the reliability when calculating
the moment-rotation behaviour of the joint. Furthermore
the plastic deformation of the compression zone leads to
a reduction of the joint stiffness which may cause
problems with regard to the redistribution of internal
forces.
A reinforcement of the compression zone, for example
with fully threaded screws, could improve the reliability
of the behaviour as well as the maximum moment
resistance and stiffness of the joint.
Tensile/ dowel component
The most important component of the joint is the dowel
group in the tension zone. This component is responsible
for the majority of the generated joint ductility.
Analogous to the T-stub component in steel construction,
it is assumed that the joint component Kj,dowel is only
loaded by a longitudinal tension force. The moments of
eccentricity are totally transmitted by the rotational
component.
As shown in Figure 1, reinforced dowel connections have
a remarkable plastic deformation capacity. To activate
these plastic reserves it is necessary to ensure that no other
component fails before the yield point of the dowel group
is reached.
The maximum load of the dowel group, as before
mentioned in section 2.3, can be calculated with a high
accuracy based on [7]. In contrast, the expected
deformations cannot yet be predicted in a satisfactory
manner. The elastic stiffness Kser for steel to timber
connections per dowel and per shear plane can be
calculated according to the standard [7] as follows:

K ser = 2 

r m 1,5 d
23

(3)

where ρm = medium raw density [kg/m³], d = dowel
diameter [mm].
Furthermore the stiffness Ku for the ultimate limit state is
given to

Ku =

2 K ser .

3 1,3

(4)

Figure 10: Compression zone at the failure of the joint [4]

The distribution of stress in the compression zone has a
great impact on the position of the resulting force and thus
also on the maximum moment resistance of the joint
(inner lever arm). Till know there is no information about
the ‘real’ stress distribution, but limit studies with
triangular and rectangular stress distributions were
performed [4].
Despite the principle ductile behaviour and a significant
deformation potential, this compression component
shows some disadvantages. The unpredictable variation
between totally elastic and plastic response of the two

Figure 11: Load slip curves for steel-timber dowel connections
(Ø12) depending on different dowel arrangements and stiffness
values according to the standard [7]
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Figure 11 shows the load-deflection curves of the tested
steel-timber dowel connections with a varying number of
dowels and the linear slopes for the stiffness Kser and Ku.
The curves are standardised to the maximum load Fk
according to the standard [7] of a single dowel with a
diameter of 12 mm, a tensile strength of fu,k = 579 N/mm²,
two shear planes and the mean value of the measured
timber density ρk = 446 kg/m³.
It is obvious that the deformation behaviour of the
different joints up to the plastic plateau can hardly be
predicted by the stiffness Kser or Ku provided in standard
[7]. The calculated stiffness of the dowel connections is
much bigger than the measured stiffness values of the real
connections. This effect is more pronounced for the dowel
groups, but it also exists for the single dowel connection.
It is conspicuous that the stiffness of the dowel connection
is decreasing with an increasing number of dowels. This
effect is not considered in the standard [7] although a
correct stiffness plays a central role for an accurate
determination of the inner forces.
For a reliable prediction of the joint behaviour, it is
essential to know the load-deflection behaviour of the
single-components as accurately as possible. Without a
realistic prediction of the components deformation the
predicted force distribution could lead to an
underestimation of the load of the single component and
at worst to a premature brittle failure of the joint.
Therefore further research with regard to more realistic
calculation of the load-deflection behaviour for reinforced
dowel connections is required. The research goal should
be the development of a mechanical or experimental
determined equation for the non-linear load-deflection
curve of dowel connections.

The load-deflection behaviour for the dowel group is
approximated as a tri-linear curve, see Figure 8 b. The
inflexion points of the tri-linear curve can be determined
as follows:

2
F1 =  Fv , Rk ;
3

F2 = Fv , Rk ;

2
 Fv , Rk
F1
3
u1 =
=
K 1 r k 1,5
d
23

u 2 = u1 +

F
1
 K1
3

(6)

(7)

where Fv,Rk is the maximum force and K1 the elastic
stiffness of the dowel group, ρm the mean raw density
[kg/m³] and d the dowel diameter [mm].
Until there is a more precise description of the
components properties, the bearing resistance and the
stiffness values given in the standard [7] may be used as
input values for the model [9].
Using the stiffness Kser for a timber-timber connection
(without the factor 2 for steel-timber connections given in
[7]) and the characteristic density ρk for a material grade

Rotational component
As mentioned before, the dowel group is not only loaded
in longitudinal but also in rotational direction. The
rotational stiffness Kϕ of the dowel group can be
calculated as given in equation (5) with the single dowel
stiffness Kdowel and the polar moment of inertia IP and so
depends on the dowel arrangement.

K  = K dowel  I p

Figure 12: Comparison of the load-displacement curves of
a trilinear approach and the mean value of the results of the
tensile test with a dowel arrangement of 3x3 (Ø12 mm) [9]

(5)

However, the moment carrying capacity of the dowel
group is considerably lower than the capacity of the total
joint. The length of the inner lever arm between tension
and compression force, see Figure 9, has a much higher
impact on the maximum moment resistance of the joint
and should be therefore used to increase the maximum
joint resistance instead of the rotational capacity of the
dowel group.
As a result of the rotation of the dowel group the inner
lever arm is shortening which leads to a decrease of the
total moment resistance of the joint. To consider this
geometrical effect the factor kϕ has been introduced [9],
which has to be recalculated at every load step. Neglecting
this effect, might lead to an overestimation of the level of
the plastic plateau.
3.3.4 Complete mechanical model
A simplified model has been developed to give an
approach for the application in practice [9].

Figure 13: Comparison of the moment-rotation curves of
the trilinear approach and the mean value of the
experimental results with a 3x3 (Ø12 mm) dowel
arrangement [9]
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of GL24h lead to quite good accordance between the loaddisplacement curve according to the experiment and the
tri-linear approach (see Figure 12).
Applying a factor kϕ of 1.07 for the consideration of the
geometrical effects, the tri-linear approach for the dowel
group and either a triangular or a rectangular stress
distribution in the compression zone leads to the momentrotation curves shown in Figure 13. There is a good
accordance between the experimental and the analytical
behaviour and all significant effects can basically be
simulated.

4 OVER-STRENGTH FACTOR
4.1 GENERAL
As mentioned before, a realistic prediction of the plastic
behaviour of the joint is highly depending on the
consideration of the real single components loaddeflection curves. Thereby not only an inaccurate
modelling of the static properties, but also the material
scattering of the components could cause deviation.
When conducting the experimental tests, for example, the
intended dowel arrangement had to be changed because
the tensile strength of the dowels was much higher than
expected. The higher tensile strength caused a change of
the failure mechanism of the dowel group and led to
higher forces within the complete timber joint. In real
constructions there is no possibility to adapt to every used
component of the joint in view of the true available
material properties. Hence, effects of over-strengths have
to be already considered in the planning stage.
To prevent unintended effects by material scattering it is
necessary to make a prediction regarding the expected
upper and lower limit of the material properties. It is
important that not only the lowest expectable capacity is
of interest for the engineer in practice but also the highest
one. This way of considering material properties differs
from the usual elastic proceeding within the structural
design of connections according to the standard [7].
Not only uncertainties regarding the components´
properties and the possible variation of the failure
sequence of the components but also the general joint
behaviour may lead to consequences. If the quasi-elastic
moment resistance of the joint is considerably higher or
the bending resistance of the cross section is significantly
lower, the timber cross section of the beam may fail before
the joint is able to build a plastic hinge. In this case the
planned redistribution of forces is prevented and therefore
the internal structural system changes.
To enable an easy analytical consideration of the
scattering of material properties it is necessary to
determine so called over-strength factors for joints to
estimate in advance if the ductile behaviour is activated.
In the following the determination of over-strength factors
for the investigated joints is presented.
4.2 DETERMINATION OF THE OVERSTRENGTH FACTOR
The capacity design method was developed among others
by Paulay and Priestley [13] with view on the earthquake
safety in reinforced concrete structures. The general idea

is to ensure that the plastification of the ductile element
takes place before a brittle element fails. An over-strength
factor kcs is introduced (comp. Equation (8)), which
ensures that no brittle failure occurs with a certain
probability.

M jo int
M cs

 k cs ; k cs  1.0

(8)

where Mjoint = moment resistance of the joint, Mcs =
moment resistance of the timber cross section.
The current version of the Swiss timber code, for example,
already implies an over-strength factor kcs if ductility is
required [15].
Based on the Monte-Carlo simulation an over-strength
factor for the developed timber joints has been
determined [16]. The reliability index β was determined
following the equation given in EN 1990 [17].
4.3 RESULTS OF THE MONTE-CARLO
SIMULATION
A major aim of the Monte Carlo simulation was the
development of a reliability line for certain reliability
indices ß.
Within the investigations the bearing resistance of the
doweled connection is assumed as an “external load” to
the beam. In a first step, κcs is implemented which forms
the factor kcs in a second step. Certain calculations have
been performed with a scattering of the material and
geometrical properties of the connections. Every single
investigation was performed by 100·106 calculations to
achieve a reliable number [16].
Every connection has an inherent over-strength factor.
The reliability line was developed for certain normalized
kcs factors, by a recalculation of the κcs factor. The factor
kcs depending on the reliability index β is shown in Figure
14.

Figure 14: Normalized factor kcs for different reliability
indices β [16]

5 CONCLUSIONS
The already conducted investigations [1-4] on ductile
timber joints have shown that there is a big unused
potential in timber connection technology.
A first analytical model based on the component method
has been developed with the help of tensile and bending
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tests. The moment-rotation curves determined by the
developed model show a satisfactory match with the
experimental results. The main material and geometrical
effects are well discussed. Te occurring ductile behaviour
can be used for a simplified analysis and verification of
moment resisting timber joints.
The studies also showed that there are some uncertainties
which have to be solved to enable an easy analytical
determination of the joint behaviour. The occurring
material over-strength, the correct determination of the
non-linear load deflection curve for dowel groups or the
dimensioning of the required joint reinforcement are
probably the most important ones. These problems also
have an impact on other purposes of timber engineering
and so there is a need for further research to overcome
these obstacles for efficient timber construction design.
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THE DESIGN OF CROSS-LAMINATED TIMBER SLABS WITH CUT-BACK
GLULAM RIB DOWNSTANDS – FROM RESEARCH TO LIVE PROJECT
Panayiotis Papastavrou1, Simon Smith2, Tristan Wallwork3, Allan McRobie4, Nicholas Niem5

ABSTRACT: A research project was undertaken to investigate the behaviour of composite CLT slabs with glulam
downstands cut back from the supports. A desk study and Finite Element Modelling (FEM) were used and evaluated on
their ability to model and design such a structure, focusing on the cut back location and utilising reinforcement screws.
The project included full-scale laboratory testing of a composite slab to failure with innovative data collection
techniques such as Particle Image Velocimetry. A similar structural element was also used in a real construction project
and the investigation gave insight towards its design. It was concluded that the embedment depth of reinforcement
screws in the glulam downstand is key to the performance of the composite slab with full depth penetration advisable.
FEM can give useful results for stress concentrations in the timber and a simplified design method was proposed.
KEYWORDS: Cross-Laminated Timber, Composite Slabs, Particle Image Velocimetry, Finite Element Modelling

1 INTRODUCTION123
A research project was undertaken at the University of
Cambridge to investigate the behaviour of composite
slabs with a CLT deck and glulam downstands.
Particular focus was given on the design scenario of
stopping the downstand beam short of the support and its
effect on localised stresses in the area.
The project included finite element modelling and full
scale lab testing as well as being implemented on a live
construction project that is now complete.

2 CLT RIBBED SLABS
2.1

MOTIVATION

Cross-Laminated Timber floor panels are typically used
for spans up to 7-8m under relatively lightweight floor
build-up in office/classroom usage class. For these
spans, the floor thickness required is approximately 250300mm and the governing factors are serviceability limit
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states (SLS) to Eurocode design with the most common
limiting criteria being vibration characteristics.
A backspan could be utilised to enhance the deflection
performance and this being unequal to the main span
would slightly enhance the vibration performance as
well. However, this means that single floor panels need
to be increased in length to beyond 8m which might start
to introduce other issues in terms of transport costs and
access restrictions. It should be noted that, normally,
CLT floor panels are limited by manufacturers to 13.5m
lengths.
An alternative way to provide the additional stiffness
required to meet the SLS criteria is to install Glulam
downstand ribs to the underside of the floor panel. The
structural element is then a “CLT Ribbed Slab”. Gluing
technology during fabrication allows the ribbed slab to
be manufactured with a fully-composite connection
between slab and ribs which can be utilised in the
design.
2.2

STRUCTURAL DESIGN

The design of fully-composite CLT ribbed slabs has
been the subject of some publications to date and
references are included here for completeness.
As per the design of T-beams in other more conventional
materials e.g. reinforced concrete, the concept of the
effective slab width, bef, needs to be considered as a
result of shear lag. This is introduced for CLT ribbed
slabs in [1] and provides an approximate reduced slab
width to be used when calculating the design stresses
and deflections due to the non-uniform normal stresses
in the slab. See Figure 1 and Figure 2 below.
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axis, bcut = width of shear surface obtained from Figure 4
below.

Figure 1: Actual (left) and approximated (right) normal stress
distributions showing effective width concept [1]

Figure 4: Shear width within a CLT-glulam section [1]

Figure 2: Effective width design chart for CLT ribbed slabstop curve for mid-span, bottom curve for support calculations
[1]

Furthermore, the effective widths calculated from the
methods noted above are used to obtain the flexural
stiffness of the cross-section, (EI)eff. There are various
methods to calculate this including the Gamma-method,
the K-method and the ShearAnalogy method. As
suggested in [2], the ShearAnalogy method seems to be
the most accurate and has been adopted in this research
paper as shown in Equation (1) below.
𝑏𝑖 𝑡 𝑖 3

(𝐸𝐼)𝑒𝑓𝑓 = ∑𝑛𝑖=1 (𝐸𝑖

12

+ 𝐸𝑖 𝐴𝑖 𝑧𝑖 2 )

(1)

For SLS checks, the deflections can be calculated by
allowing for both the flexural and shear deflections. The
flexural deflections can be approximated using
Timoshenko beam theory and (EI)eff obtained above,
however, the shear deflections for CLT ribbed slabs are
more complicated to calculate and reference should be
made to the research report for background and more
details [4].
Vibration checks based on the natural frequency of the
ribbed slab can be carried out using:
𝑓=

𝜋
2𝐿2

(𝐸𝐼)𝑒𝑓𝑓

√

𝑚

(4)

where m = mass per unit length and L = span.
2.3

CUT-BACK RIBS

The following research is concerned with the design of
ribbed slabs with the ribs cut back from the supports.
This type of slab is of interest and use in the construction
industry and the concept is illustrated in Figure 5 below.

where Ei = Young’s modulus of layer i, Ai = Area of
layer i and remaining properties as Figure 3 below.

Figure 5: CLT ribbed slab with cut-back glulam ribs (12m
span with 0.5m cut-back shown)
Figure 3: (EI)eff calculation parameters

Stresses for Ultimate Limit States (ULS) calculations are
calculated using the equations below [3], for normal
stress, σ, (Equation 2) and shear stress, τ, (Equation 3):
𝜎(𝑧) =

𝑀.𝐸(𝑧).𝑧
(𝐸𝐼)𝑒𝑓𝑓
𝑆 ∫ 𝐸(𝑧).𝑧 𝑑𝐴

𝜏(𝑧) = (𝐸𝐼)

𝑒𝑓𝑓 .𝑏𝑐𝑢𝑡

(2)
(3)

where M = applied moment, S = applied shear force, E(z)
= Young’s modulus of layer at depth z from the neutral

More often than not, the option to have flat soffits is
preferable for the horizontal distribution of services. The
introduction of deep downstands can disturb the service
routes along the slab soffits and push them downwards.
This can reduce the available floor-to-ceiling depths and
also increases the complexity of the services. Cutting the
ribs back from the support can allow the services to run
straight through along the slab soffit at the support
locations and this is illustrated in Figure 6 below.
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Figure 6: Services interaction with CLT ribbed slab

Additionally, not having the ribs continue to the supports
makes the actual support construction very simple. As
only the slab needs to have direct bearing, the support
needs only be a flat surface which is the most common
scenario in the platform construction method usually
adopted for CLT structures. Otherwise, should support
be required for the ribs, a castellated arrangement needs
to be provided or complex shear connections at each rib
location made to the supporting structure. This is
illustrated in Figure 7 below.

Figure 7: Non-preferable support conditions - castellated
walls (left), shear connection (right). (credit KLH)

Figure 8: Stress notations and directions

3.1

DESIGN PROCESS – DESK STUDY

3.1.1 Analysis methods and validations
An Excel spreadsheet was developed that used all the
already established research around CLT ribbed slabs
explained in Section 2.2 above to produce theoretical
predictions for stresses, deflections and vibration. These
results would be used as the baseline of comparison of
an FE model developed in the ABAQUS software
package.
The use of FE modelling was one of the initial targets of
the project, as computational flexibilities come at a
lower cost than practical testing, and validation is always
a basic requirement of such tools. Validation was done in
several stages, starting with modelling a CLT slab on its
own, allowing for the different material properties of the
layers within the slab depth. Once this gave acceptable
results, the ribs were added as well and a typical output
from the FE model is shown in Figure 9 below.

3 RESEARCH PROJECT
A research project was undertaken at the Cambridge
University Engineering Department to investigate the
CLT ribbed slab system with cut-back ribs as a structural
floor element.
The project tried to identify whether the use of Finite
Element (FE) Modelling can be used to accurately
predict the behaviour of complex CLT, glulam and
screw systems, the effect of the cut-back on the
performance and provide simple guidelines towards the
design of such systems.
The investigation comprised of an initial desk study
during which a CLT ribbed slab was modelled, analysed
and designed to withstand a certain load, followed by
full-scale testing of a 5.8mx2.4m 200mm thick CLT slab
with three 140x500 glulam ribs.
Figure 8 below indicates the stress notation used in the
project and referred to from this point forward.

Figure 9: Normal stresses and deflected shape of a simplysupported CLT ribbed slab with cut-back ribs (12m span and
9kPa UDL) – concentration of stresses in the CLT slab can be
seen at the cut-back locations
Figure 10 and Figure 11 below are extracts from some of

the validation comparisons between the Excel
spreadsheet results (Theoretical prediction) and the FE
model (ABAQUS results).

Figure 10: Normal stresses along a vertical plane at mid-span
of a simply-supported CLT ribbed slab with cut-back ribs (12m
span and 9kPa UDL)
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For completeness, the midspan moment capacity of the
full T-section and the CLT slab-only rolling shear
capacity at the support were checked that they were
adequate under the design scenario of the 3-point bend
test. This confirmed that the critical area of the ribbed
slab was indeed at the cut-back location.

Figure 11: Deflection of a CLT ribbed slab with cut-back ribs
(12m span, 9kPa UDL)

Some differences between the 2 methods were observed
which were attributed to the likelihood that the effective
widths used in the Excel are conservative, hence giving
rise to higher stresses at the top of the slab (Figure 10)
and lower flexural stiffness (higher deflections for
spreadsheet prediction on Figure 11). Based on the
validations, the FE model developed was deemed as
capable of replicating the behaviour of the CLT ribbed
slab and would be used moving forwards.
3.1.2 CLT Slab
After confidence was gained from the FE modelling, a
set-up for a CLT ribbed slab with cut-back ribs was
chosen to be designed and subsequently tested in the lab.
This is shown in Figure 24 and formed the basis of the
main FE model used.
From the FE modelling, and as seen in Figure 9, a
concentration of normal stresses was observed at the cut
back locations in the CLT slab. Due to the glulam rib not
continuing to the support, the CLT slab beyond the rib is
acting as a cantilever with a point load at the tip; the
fixed end moment occurs at the end of the rib and the
point load being the support reaction, Pf, as shown in
Figure 12 below.

Figure 12: Cantilever CLT slab design scenario at the location
where the Glulam rib stops

Using Equation (2) with the associated CLT slab
properties, a limiting value for the support reaction, P f,
was calculated by inserting M = Pf x 0.5m; the critical
reaction was 40kN assuming that a constant width of
CLT slab equal to the glulam rib width was active.
This gave an indication of when failure is expected in
tension at the bottom layer and this load was carried
forward for the remaining design checks. A 3-point bend
set-up for the slab was derived with the central point
load adjusted to provide the Pf calculated.

3.1.3 Rib cut-back location
An FE model with the above 3-point bend test scenario
was developed to further investigate the stresses at the
rib cut-back location. The CLT-to-glulam connection
was taken as fully composite.
A check on the bending stresses estimated when
calculating Pf above was undertaken by checking the
tensile stresses in the CLT slab at the end of the rib given
by the FE model. This is shown in Figure 13 below and
can be seen that it is close to the relatively common
bending strength of CLT slabs, fm,k = 24N/mm2.

Figure 13: Normal stress concentration in the CLT slab under
3-point bend test adopting the calculating support reaction, Pf

The FE analysis concentrated at the end of the glulam rib
as it was identified that the flow direction of the
principal bending stresses will have to undergo a
significant change in that location in order to cause the
transition of the neutral axis from inside the rib to the
middle of the slab (see Figure 14 below).

Figure 14: Flow of principal stresses undergoes a change in
direction at the rib cut-back location

The change of the neutral axis vertically upwards
suggests that the glulam rib end is a region with high
stresses in the vertical direction i.e. stresses
perpendicular to the grain of the rib. As this is a
particularly weak direction in which to load a timber
element and causes splitting, it was necessary to
investigate the stresses in that direction, σ33. The output
from the FE model is shown in Figure 15 below.
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high stress concentrations at the tip of the first pair of
screws (see Figure 18 below).

Figure 15: Stress σ33 contours through the central plane of the
glulam rib – right edge is the end of the rib at the cut-back
location and the graph shows the variation of σ33 along that
face with rib depth, z.

High splitting stresses can be observed but BS EN 14080
suggests a value of just 0.5MPa for glulam GL28h
tensile strength perpendicular to the grain. This was
marked on the graph in Figure 15, and the depth in the
glulam beyond which the stresses dropped to below that
value was read off. A way to overcome the high splitting
stresses was by the installation of fully threaded screws
from the slab into the glulam rib, ensuring that they
penetrate down to this depth to ensure that the timber
does not split.
The σ33 stresses were seen to be of high magnitude up to
a distance of 0.5m from the rib end. The total normal (V)
and shear force (S) experienced by the CLT slab-glulam
rib interface over that distance were calculated by
numerical integration of σ33 and σ13 stresses respectively
(see Figure 16 below). These forces were used to design
the fully threaded screws to Eurocode 5 – V is the screw
axial load to be carried and S the shear load.

Figure 17: Stresses σ33 along the CLT-glulam interface (x=0
at the glulam end)

Figure 18: FE model including screws showing σ33 stress
concentration at the screw tips

This σ33 stress was again much higher than the tensile
timber strength perpendicular to the grain according to
the Eurocode. The screw depth was varied in the FE
model to investigate its effect and whether reaching the
0.5MPa strength suggested by the Eurocode is possible.
The stress concentration relocated at the screw tips at
every iteration but reduced in magnitude as shown in
Figure 19 below. Even at double the initial depth, the
stress did not drop below 1.5MPa.

Figure 16: Normal and shear forces used in the screw
connection design

It was particularly interesting to observe that the integral
of the tensile σ33 stresses (area under curve where σ33 is
positive in Figure 17 below) produced a total force, V,
higher than the support reaction, Pf. Moreover, the
stresses σ33 became negative i.e. compressive, beyond
the tensile region. This was thought to occur due to the
moment that is present in the CLT slab at the glulam cutback location which induces a couple via push-pull
action at the CLT-glulam interface. The additional pullout from the couple was then thought to increase the
splitting force, V, beyond the apparent shear from the
support reaction, Pf (V was found to be 55kN which is
approximately 40% higher than Pf).
Subsequently, the FE model was developed even further
to include the screws. To model the bond between the
screw thread and the timber, a cylindrical element was
introduced that was fixed to the timber using a tie
constraint in ABAQUS.
The results from the updated analysis were of great
interest as they showed that the effect of the screw did
not particularly help as expected. Inserting the screw
elements only partially into the glulam rib led to new

Figure 19: Peak σ33 at screw tip for different lengths of screw
i.e. penetrating deeper into the glulam rib

Concluding the desk study, it was deduced that the weak
point of such a set-up was at the screw tips where the
tensile stress perpendicular to the grain is higher than the
quoted strength of the relevant glulam standard.
The test sample that was to be tested was ordered before
the final FE model that included the screws was
developed. Thus, the screws inserted into the slab only
penetrated the glulam rib by 160mm as suggested by the
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first FE model. It was therefore predicted that the failure
of the slab would occur before the full load required to
yield a support reaction of Pf was reached due to the
screw tip being already over-stressed by that point.
3.2

The newly developed code was validated in a 3-point
bend test of an aluminium box against a strain gauge.
The set-up at mid-span is shown in Figure 21 below.

LABORATORY TESTING

3.2.1 Particle Image Velocimetry (PIV)
As described above, the stresses at the rib cut-back
location play a significant role in the performance of the
slab and, therefore, it was important to obtain some test
data for these. The FE modelling yields contour plots of
the stresses but common gauges and instrumentation
cannot be used to replicate such detail in a real test.
Therefore, the Particle Image Velocimetry (PIV)
technique was trialled. This method works by analysing
successive high resolution images of a deforming
textured surface. The analysis of the images described
below is carried out in mathematical modelling software
such as Matlab which was used for this project.
Each image is split into a grid formed by patches of
pixels. The original image’s patches are then tracked in
the successive images taken as the surface is deforming.
The tracking is done via a search patch which uses
correlation functions to give a peak when the displaced
location of the patch is found (see Figure 20 below). The
displaced locations for all initial patches are then
combined to generate a displacement field. Further
analysis of this field can be done to yield the strain and
stress fields.

Figure 21: Grid of pixels generated by PIV analysis under
central point load in 3-point bend test of an aluminium box

The horizontal strains at mid-span obtained from the 3point test were compared between the new Matlab code
(see Figure 22 below) and the existing geotechnical code
(see Figure 23 below).

Figure 22: Horizontal strains (%) within grid shown in Figure
21 for the new code – +8% difference to strain gauge data

Figure 20: PIV process

The PIV technique and associated Matlab code had been
used previously in the geotechnical engineering field but
these were found unable to produce useful results for the
stresses generated in a general beam bending scenario.
The two main issues encountered is that the existing
code could only generate volumetric and shear strains
and that the pixel patches required to obtain recognisable
patterns in the results were too big, smearing the results.
Moreover, the numerical code was prone to “peak
locking”, an artefact of the sub-pixel resolution that
leads to spurious strain fields (see Figure 23).
Therefore, in order to be able to use the PIV technique in
the CLT ribbed slab project, new Matlab code was
written that was capable of generating strain fields to
sub-pixel accuracy using much smaller pixel patches at a
shorter computational processing time.

Figure 23: Horizontal strains (%) within grid shown in Figure
21 for the geotechnical code - +/-14% difference to strain
gauge data

It can be observed that the consistency of the strains
across the pixel grid and the magnitude of the
%difference between the PIV results and the strain gauge
show that the new code is reasonably accurate and far
superior to the existing geotechnical code.
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3.2.2 Test sample
The CLT ribbed slab test sample was as shown in Figure
24 below.
Figure 26: Fully threaded screw used at the glulam rib cutback location

Figure 24: CLT ribbed slab test sample specification

3.2.3 Results
The deflection of the slab was measured via five
displacement transducers placed along the span. It was
seen that these measurements closely matched the
prediction from the FE model whereas the theoretical
analysis of the spreadsheet was found to overestimate the
deflections (Figure 27 below shows how the 3 methods
compare). The overestimation of the theoretical method
could be attributed to the conservative effective width
used when calculating the stiffness properties.

Two rows of 5no. 10dia. x 360mm fully threaded screws
were also inserted at each rib end at approx. 45mm c/c.
Screw details are as per Figure 26 below. The set-up
replicated the support condition analysed in the FE
modelling described in Section 3.1.3 above.
The sample was tested in 3-point bending for a span of
5.5m, on timber bearers on steel channel sections at each
end and the load applied via a steel spreader beam. The
experimental set-up is shown in Figure 25 below
including the full set of instrumentation installed.
Figure 27: Deflected shape of top of slab from support to
midspan

Since the stresses perpendicular to the grain, σ33, were of
particular interest at the glulam rib end, the vertical
strains, ε33, were measured by the PIV method at location
2 and with vertical portal strain gauges fixed to the side
of the ribs (refer to Figure 25 for instrumentation
locations). One of the portals agreed closely with the
PIV method, however, the other had approx. 40%
difference.

Figure 25: Test set-up with instrumentation including PIV
locations

Figure 28: Vertical strains, ε33, on side of glulam rib,
ABAQUS (top), PIV lab test results (bottom)
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Figure 28 above shows the comparison between the

vertical strains, ε33, from the FE model and the PIV test
results. Although the overall shape of the contours of the
PIV results resemble the FE model results, the PIV
results appear quite spotty and of lower magnitudes
especially at the top right highly stressed corner. The
shape of the PIV results can possibly be attributed to the
highly anisotropic properties of the wood perpendicular
to the grain, including the presence of knots, one of
which is apparent centre left in Figure 28.
The low magnitudes of the strains were common to both
the PIV results and the strain gauges. After conducting
some further literature review, it was suggested that the
stiffness of timber perpendicular to the grain is greatest
when the growth rings are perpendicular to the stiffness
direction [5]. FE modelling of this behaviour illustrates
that the stresses in the middle of the growth rings can be
twice as high as at 450 which is similar to the orientation
of the growth rings at the sides of the glulam ribs (see
Figure 29). A further consideration why the PIV strains at
the corner location are low could be due to the
smoothing algorithm in the Matlab code that does not
work as well near boundaries. The strain gauge can only
provide an average over its length that, in turn, could
make it unable to return the high localised corner
stresses.

Figure 29: Stiffness and stress variation of timber dependent
on the angle of the growth ring orientation (from Danielsson
[5]).

The fundamental frequency of the test sample was
determined using an accelerometer as shown in Figure 25
and by striking the top of the slab with a hammer. The
hammer was struck several times and the results were
analysed using a Fourier transform in Matlab and
averaged. The fundamental frequency from the hammer
test was found to be 22.5Hz and from the FE model
25.8Hz. The FE model’s stiffer response was thought to
originate from the definition of the support conditions as
the pinned supports specified were able to restrain the
vertical movement both upwards and downwards,
whereas during the lab test the slab was simply rested on
the supports.

The theoretical calculation using equation (4) gave a
natural frequency of 39Hz which is 50% higher than the
other 2 methods. The values inserted in the equation
were average figures for (EI)eff and modal mass, m, and
this indicates that this might not be applicable to beam
elements with variable cross-section. It is thought that
the stiffness lost because of the cut-back could be the
cause of this overestimation.
3.2.4 Failure mode
As a final test, the sample was load-tested to failure to
provide insight as to whether the FE analysis and any
observations described in Section 3.1 were accurate.
The test was again a 3-point bend and failure occurred at
a total applied load of 236kN by the splitting of 2 glulam
ribs at the tips of the screws (see Figure 30 below). This
confirmed the expectations that identified that there were
high stress concentrations in the timber at the screw tips
which were higher than the timber strength
perpendicular to the grain.

Figure 30: Failure mode of CLT ribbed slab test sample by
splitting at the screw tips

Furthermore, it was observed that the CLT slab and the
glulam rib debonded at the cut-back corner, which was
also identified by the FE model (see Figure 18) as a
location of overstress (see Figure 31 below).
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Figure 31: CLT slab and glulam rib debonding at cut-back
corner

It must be noted that the support reaction at failure
nearly matched what was used in the FE analysis (the
support reaction at failure in the test was 236/6 = 39.3kN
which is very close to the 40kN used in the FE analysis)
which means that the glulam splitting occurred at a stress
of 4MPa. This is significantly higher than the 0.5MPa
proposed by the relevant glulam standard and it is
thought that this occurred due to the high stress being
over a very small area.

4 THE GPUTC PROJECT
4.1

SPECIFICATION OF CLT RIBBED SLAB

The industrial advisors and sponsors of the research
project, Smith and Wallwork consulting engineers, were
appointed as the structural designers of a new
educational building at Peterborough, UK - the Greater
Peterborough University Technical College (GPUTC).
The main structural material for the building was CLT
and it was completed in August 2015.
A CLT ribbed slab was specified to form the ceiling of a
column-free “events space” due to the long-span
requirements of 11.5m (see Figure 32 below) and its use
as a transfer structure. Similar to the research project, the
glulam ribs were stopped short from the supports to
allow services to run through and to allow the CLT deck
to bear directly on top of a long-span timber truss. It was
not possible to adopt a castellated support as this would
have taken out most of the truss top chord and if direct
shear connections were specified for the end of the ribs,
then some of them would clash with the internal steel
plate truss connections.

Figure 32: CLT ribbed slab with cut-back glulam ribs as built
in GPUTC

4.2

LINKS WITH THE RESEARCH PROJECT

The design and installation of the CLT ribbed slab at
GPUTC was completed before the research project
produced its final results. As observed in the laboratory
test and the FE model results, the stress concentrations at
the screw tips was the apparent governing failure mode.
This had not been identified at the design stage and the
designers undertook additional checks to take this into
account in order to confirm that the as-built structure
satisfied all structural requirements.
Moreover, an unstressed vibration analysis was run in
ABAQUS, replicating the loading scenario of the full
11.5m span. The fundamental frequency obtained was
8.9Hz which is above the general guidance value of 8Hz
of Eurocode 5 relevant to residential joisted floors. This
gave more confidence in the use of CLT ribbed slabs to
meet SLS criteria in such long span scenarios.

5 DESIGN GUIDANCE
The design case with screws partially penetrating into
the glulam rib was thought to be similar to the design of
notched beams as described in Eurocode 5 since the
failure mode of both would be in splitting perpendicular
to the grain.
It is suggested that the location of the cut-back with
reinforcing screws is designed as a “notional” notch. The
research project verifies that any depth of timber within
the screw length is adequately reinforced against
splitting.
However, the design case described in this project has an
increased complexity due to the fact that at the glulam
end location there is both a moment and a shear in the
CLT slab. As described in Section 3.1.3, this leads to a
higher pull-out force to be carried by the screws.
This pull-out force was thought to be the equivalent of a
support reaction applied at the face of a notched beam
with the penetration depth of the screws into the glulam
rib as the effective height, hef, as noted in the Eurocode
design. The effective height stops at the location of the
screw tips and introduces the surface where failure will
potentially occur. This design scenario is shown in Figure
33 below.
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6 CONCLUSIONS
It can be concluded that CLT ribbed slabs with cut-back
ribs can be used to provide a structural element that can
perform well in long spans in terms of deflections and
vibrations but require careful detailing at the location
where the rib stops.
Finite Element modelling of such systems can provide
useful information about their performance. FE analysis
performs best when looking at deflection and vibration
characteristics and gives useful insight into the stress
distribution at the cut-back location. It can be used to
identify localised stress concentrations in the timber
elements and make a prediction of the failure mode. It is
envisaged that more accurate stress distributions can be
obtained by increasing the complexity of the material
properties to accommodate the anisotropic nature of
timber.
Test results confirmed that if the screws only partially
penetrate the timber, then the screw tip becomes the
most likely location of failure by splitting perpendicular
to the grain. It is, therefore, recommended that any
reinforcing screws specified are long enough to be able
to penetrate as far into the glulam as possible. A baseline
value can be taken from BS5268-2, where it is suggested
that beams with square notches at the supports should
have an effective depth not less than half the depth of the
beam.
Vibration results suggested that the generic equation for
calculating the fundamental frequency of a system might
not be applicable to slabs with variable cross-section and
might lead to overestimation.
Concluding, the Particle Image Velocimetry technique
was deemed adequate to provide general strain
distributions but needs to be refined further to form a
consistent source of collecting and analysing data. This
method is currently being used and further refined in
more research projects at Cambridge University.

REFERENCES
Figure 33: Glulam rib cut-back location: design case to
Eurocode 5 as an equivalent "notional" notch

The test sample properties were inserted in a notched
beam design to check whether this recommendation can
yield safe designs. It was found that the “notional” notch
design case was conservative by yielding a value of
expected capacity 40% smaller than the support reaction
at the failure load observed.
Moreover, a taper can be introduced to the glulam rib
which, according to the Eurocode design, can have a
higher capacity than a 900 notch. Using tapered beams as
ribs of a CLT ribbed slab is again expected to yield some
form of stress concentration at the taper location due to
the changing cross-section but it is thought that these
should be smaller than with the cut-back rib described in
this research project. Eurocode 5 suggests that beams
with tapers near the support, where the slope of the taper
is more than 1:10, need not be checked for stress
concentrations.

[1] M. Augustin, T. Bogensperger, G. Schickhofer and
A. Thiel, “Mitwirkender Breite bei Plattenbalken aus
BSH und BSP,” 2014.
[2] FP Innovations, CLT Handbook, 2013.
[3] G. Schickhofer, BSPhandbuch, TU Graz, 2010.
[4] N. Niem, CLT composite rib slabs, Cambridge
University Engineering Department, 2015.
[5] H. Danielsson, “Perpendicular to grain fracture
analysis of wooden structural elements, Models and
Applications,” 2013.

WCTE 2016 e-book | 4787

NEW SYSTEM OF SELF-TENSIONING FOR LONG-SPAN WOODEN
STRUCTURAL FLOORS
Javier Estévez-Cimadevila1, Dolores Otero-Chans2, Emilio Martín-Gutiérrez3,
Félix Suárez-Riestra4, Valentín Lamas-López5
ABSTRACT: A self-tensioning system that improves the behavior of elements under bending is described, from a
resistant point of view such as deformations. The system is based in a force multiplying device tied in the opposite ends
of the piece. Such device is activated with the loads which are transmitted to the supports, generating an eccentric
tensioning force whose value varies with the magnitude of the applied loads. That tensioning force achieves an efficient
redistribution of bending stresses.
Different design parameters that determine the structural behavior of π-type section floors subjected to symmetrical and
asymmetrical loads have been analyzed.
The effectiveness shown by the system makes it especially interesting for its use in long-span structural floors with
reduced depths.
KEYWORDS: Pre-stressing; self-tensioning; post-tensioning; wooden floors; long-span flooring; timber construction

1 INTRODUCTION 123
The use of the pre-tensioning technique is thoroughly
known and it has acquired an enormous development in
the concrete structures field. The possibility of
introducing in a structural element an effect which is
contrary to the one that is provoked by the gravitatory
actions, improves both the resistant behavior and the one
in a service situation (deflections, cracks), allowing the
use of less dimension sections. In the case of concrete,
the pre-tensioning is especially efficient due to the low
resistance to tensile internal forces of the material and its
cracking problems, what justifies the success of this
technique.
In the case of wood, for internal forces which are parallel
to the fiber, the material presents a high resistance both
to compression and tension and, consequently, to
bending too. This makes that, in terms of stress
distribution in the section, the pre-tensioning does not
mean a significant improvement. On the other hand, in
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wood there are not the concrete cracking problems and,
from the deformations point of view, the possibility of
easily obtaining a manufacturing precamber allows to
compensate, to a certain extent, the deformability of the
material. All the above explains why the use of the pretensioning technique is much less widespread in wood
and, because of analogous circumstances, in steel than in
the case of concrete.
There is however an approach in which the use of pretensioning in wooden structures might represent a clear
improvement. The difficulty to obtain rigid joints with
this material makes that frequently the affected pieces
are arranged simply supported. The rotation of the ends
leads to a highly inefficient bending moments and
deformation behavior, what considerably damages the
sizing. In these conditions, the pre-tensioning allows to
achieve a redistribution of the bending moments along
the directrix of the piece, reducing the stress state and
improving, in a very significant way, its deformation
behavior. Pre-tensioning, in this case, becomes an
indirect way of obtaining a behavior of the deflected
piece which is closer to the one corresponding to an
element that has its ends rigidly connected.
Up to now, the tensioning of deflected wooden pieces
has been made by using fundamentally two types of
techniques: adherent tendons and unadherent tendons.
Pre-tensioning with adherent tendons consists on gluing
a previously tensioned tendon on a wooden piece. The
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tendon is eccentrically disposed with the aim of
generating a flexion which is contrary to the one
produced by external actions. This tendon can be made
of steel in the shape of a bar or a sheet [1,2] or using
fiber reinforced polymers (FRPs) [3-6]. The types of
adhesives which are used are varied, although frequently
the most widespread are polyurethane and the ones based
on epoxy formulations. One of the most characteristic
problems of this kind of solutions is the concentration of
stresses in the anchoring of the ends of the tendon, which
might lead to delamination phenomena [7,8].
The use of unadherent tendons has also been the object
of a number of studies, both with pre-tensioning and
post-tensioning solutions. One field that has been
especially developed is the one of the use of posttensioning as a technique to improve the stiffness of
beam-pillar joints in framed structures, facing traditional
joints using ironwork [9-13].

The previous difficulties can be efficiently solved by
arranging a post-tensioning of the piece with a value
variable with the magnitude of the applied loads. Selftensioned system SsS® consists on supporting the piece
on a force multiplying device to which the end of the
tensioning tendons are connected. The load which is
transmitted to the supports (R) originates an axial force
on the tendon (N) that leads to the piece post-tensioning
effect.
Self-tensioning system can be materialized with different
types of devices, both mechanical and hydraulic. An
efficient solution consists on a system of connecting rods
to which the end of the tendon is connected (Figs. 1,2).
When that device receives load the connecting rods
lengthen the tendon generating a tensioning force, which
is proportional to the outer applied action. This
significantly improves its flexural behavior.

The present article describes the efficiency of a new selftensioning system that allows to reduce deflections of
bending pieces. It is especially suitable for its use in
wooden structural floors of long-spans.

2 SELF-TENSIONING SYSTEM
The sizing of bending wooden pieces that are simply
supported is usually determined by the observance of
deformation conditions. In such circumstances, reaching
the necessary stiffness to satisfy deflection limitations
leads to oversized sections in a resistant level. One way
to try to reduce this problem is by applying a
manufacturing precamber, easily enforceable in
laminated timber pieces but not so much in other type of
products. It is also possible to get a precamber through
pre-tensioning. These solutions are efficient for the
limitation of deformations on appearance and for low
service imposed loads; a classic situation in roofing
structures.

Figure 1: Force-multiplying device

In structural floors with public service imposed loads
(3.0 to 5.0 kN/m2) the serviceability criteria that
determines the sizing is the one of the integrity of
constructive elements. It is about delimiting the value of
relative deflection produced from the placing of a
harmful element (usually partition walls and coating).
As wooden structures are very light, the self-weight of
the floor intended for public use, represents a reduced
percentage of the whole load. This means that when the
harmful element is implemented, the applied load is still
low and, besides, it has not been produced any creep
deformation. Henceforth, the profit of an initial
precamber is going to be necessarily reduced, because
the sizing is going to be determined by the deflection
(instantaneous + creep) produced from the
implementation of the harmful element by all the loads
that are still to apply. These loads represent an important
percentage of the total load on the piece.

Figure 2: Force-multiplying device. 3D-priter prototype

The axial force value in the tendon (N) is related to the
reactions in the supports (R) through a multiplying factor
(X) whose value varies with the geometry of the device
in each position i (Fig. 1) according to the following
equation (1):
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Xi 

Ni 2.Ri /tanαi
2
=
=
Ri
Ri
tanαi

(1)

By increasing the load on the element, the reactions of
the supports and, consequently, the magnitude of the
post-tensioning increase too. On the other hand, the
multiplying effect increase with the reduction of the
angle α between the connecting rods. This way we get a
tensioning effect whose intensity depends on the
geometry of the system and on the magnitude of the
acting loads.
Therefore, the main advantages of the system are, on the
one hand, the tensioning force adjusts to the magnitude
of the acting loads, increasing or decreasing its effect
according to the changes in the actions. On the other
hand, the tensioning is made automatically, without
hydraulic jacks or other devices for its tensioning. It is,
ultimately, and from a conceptual point of view, a device
that makes the most of the loads that the structural
element has to bear to generate a favorable effect on its
behavior (the contrary flexion to the one which is
produced by the outer actions).

3 EFFICCIENCY OF THE SYSTEM FOR
LONG-SPAN STRUCTURAL FLOORS
With the aim of illustrating the efficiency of the system
in timber structural floors with long span and high
imposed loads (public uses), the behavior of a building
structural floor has been analyzed with the following
characteristics:
 π-type transversal section shaped by two laminated
timber ribs GL28h, according to the established
classification in EN 14080:2013 [14], and a crosslaminated timber top board (CLT-cross laminated
timber) [15] (Fig. 3).
B=1200 mm; b=180 mm; H=420 mm;
h1=90 mm; h2=330 mm.
 Two types of section:
S1. Section without pre-tensioning and initial
manufacturing precamber.
S2. Section with a precamber of L/500 and selftensioning system.
 Span of 14 m.
 Self-tensioning system with the following geometrical
features (Fig. 01):
x0=100 mm; z0= 50 mm; 0=26,6º
Area of the self-tensioning tendon =1.000 mm2.

 Acting loads according to Eurocode 1 [16]:
Permanent load: Gk=2.0 kN/m2 (it includes the selfweight of the structure).
Imposed load: Qk= 3.0 kN/m2 corresponding to the
administrative or public use with furniture.

Coefficient for obtaining the quasi-permanent fraction
of variable loads: 2=0.3.
 Load hypothesis considered:
H0: No load. Initial position.
H1: Permanent load, Gk=2.0 kN/m2.
H2: Quasi-permanent load, Gk + 2.Qk=2.9 kN/m2
H3: Total load, Gk + Qk=5.0 kN/m2

Figure 3: π-type cross section

The loading of the device leads to a seat of the supports
(s). The relative deformation or deflection (w) of the
element is obtained as the difference of the maximum
vertical displacement (u) of the midpoint of the span and
the seat (s) of the supports. In the calculation of the
vertical displacement (u) it has been considered both the
instant deformation (uinst) and the creep one (ucreep)
produced on wood by the action of permanent loads due
to the combined effect of humidity and creep. To this
end, a creep factor has been taken (kdef) with a value of
0.60 according to what is established by Eurocode 5 [17]
for a service class 1 corresponding to inner environment
structures.

ucreep = uini ψ2 kdef

(2)

The seating of the supports leads to a significant change
in the geometry of the multiplying device, which
originates that the value of the seat and the tensioning
force grow with the applied load in a nonlinear way [18,
19]. This has made it necessary to deal with the analysis
through an increasing load process, in which the
multiplying effect corresponding to the deformed state in
every step has been taken into account.
3.1 SIMMETRICAL LOADS
The final deformations (instant and creep) have been
represented in Fig. 4. They correspond to the two types
of section (S1 and S2) for the 4 load hypotheses that
have been considered. (H0 to H3).
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tendon. Therefore, the tendon can reach different tension
values that achieve a balance in the central section of the
piece. The force values that need to be transferred to the
wood in the anchoring area have a reduced magnitude, as
a short and simple adhesive can be used through a resin
injection.

Figure 4: Deformation comparation for non-prestressed
sections (S1) and sections with the self-tensioned system (S2)

The efficiency of the system is verified by comparing the
deformations corresponding to hypotheses H2 and H3,
because those hypotheses correspond to the situations
that delimit the service position in which the structure is
going to stay for its service life (indicated by a shading
in the figure). In the case of the timber section without
pre-tensioning nor precamber (S1), the final deflection
(ufin=uinst+udef) for hypothesis H2 gets the value of 59.8
mm, what represents a relative deflection of L/234. In
the case of section S2 (precamber + self-tensioning) the
descent of the midpoint of the span for the same
hypothesis is H2 ufin,H2=19.1 mm. But, at the same time,
the supports assume a value sH2=7.5 mm. Consequently,
the relative deformation is wH2=ufin,H2-sH2=11.6 mm,
what represents a relative deflection L/1207. In the case
of the total load hypothesis H3, the final deflection for
section S1 is 86.9 mm (L/161), as long as for the selftensioning solution with initial pre-tensioning, the value
of the relative deflection is wH3= ufin,H3-sH3=27.2 mm
(L/515).
The previous results lay bare the great efficiency of the
self-tensioning system, because it allows to execute
long-span structure floors (14 m in the example) with a
considerably reduced depth, achieving that, when the
structure is in service (applied load of 2.90 kN/m2 to
5.00 kN/m2, hypotheses H2 and H3, respectively)
deflection varies among values from L/1207 to L/515.
3.2 ASYMMETRICAL LOADS
The support of the piece in both ends over multiplying
devices only works correctly if the applied load transmits
identical actions on the supports. In that case,
compression forces on the device connecting rods
balance themselves with the tension of the tendon.
In a situation with asymmetrical loads, such balance is
not possible because the acting forces on each one of the
multiplying devices require a tension in the tendon of a
different magnitude on each of its ends. This situation is
easily solved by arranging a central anchoring of the

To analyze the behavior of the system under the action
of asymmetrical loads, we accompany the obtained result
for a structural floor with the same features and
subjected to the loading hypotheses of figure 5. The
efficiency of the system is evident, as we can see in Figs.
6 and 7, that compile deformations and bending
moments. The asymmetrical disposal of the load leads to
reactions on the supports of different magnitude and,
consequently, the multiplying devices generate
tensioning forces which are different in each end,
leading to a higher post-tensioning, precisely on the most
demanded zones in the piece. As a result, we can state
that the action produced by self-tensioning system
“adapts” itself not only to the magnitude of the acting
loads, but also to its display along the directrix of the
piece.

Figure 5: Load hypotheses for an asymmetrical analysis
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angle limits the total load that can be applied to the
multiplying device, because it reaches an asymptotic
growth of the seats very quickly. Figure 8 shows the
variation of both the multiplying effect and the seat
according to the total load applied on the element. The
curves have been obtained for a piece with the same span
and geometrical features previously defined.

Figure 6: Deformation. Load hypotheses A, B1 a B5, C

Figure 8: Multiplier effect and support seat variation as a
function of loads

Figure 7: Bending moments. Load hypotheses A, B1 a B5, C

4 DESIGN PARAMETERS
The efficiency of the self-tensioning system in the
behavior of the deflected piece fundamentally depends
on the geometry of the multiplying device (connecting
rod angle), the axial stiffness of the tendon (tendon area)
and the stiffness to flexion of the piece (principally, the
depth of the element) [19].
4.1 CONNECTING RODS ANGLE
The angle α that is shaped by the connecting rods of the
self-tensioning device has a fundamental impact in two
aspects: the magnitude of the multiplying effect X and
the value of the seat s of the supports.
The smaller is the angle α greater is the multiplying
effect and, consequently, the tensioning force. This leads
to a better behavior of the piece from the deformation
point of view, due to the positive effect produced by the
moment applied on the ends of the piece.
However, the positive effect of an angle α reduced in the
magnitude of the tensioning force is compensated by an
increasing of the seats. On the other hand, a reduced

Figure 9: Multiplier effect and support seat variation as a
function of loads for different angle between rods

Figure 9 shows the variation of the seat s and the
multiplier X for three angles between connecting rods
(25º, 30º and 35º). With the aim of visualizing the effect
of the angle between the connecting rods on the behavior
of the deformation of a piece, it has been represented in
Fig. 10 the final deformations (instant + creep)
corresponding to hypotheses H0 and H3 for three
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connecting rods angles (25º, 30º y 35º). These
deformations show the effect of the connecting rods
angle. By reducing the angle there is an increasing of the
value of the seat of the supports, while there is very little
difference in the total displacement produced in the
midpoint of span. As a result, the piece deflection,
understood to mean the difference in displacement
between the midpoint of the span and the supports, is
smaller. That is, with reduced angles we can obtain
smaller relative deflections, at the expense of seats with
a greater magnitude, what, undoubtedly, constitutes a
favorable effect, because the damages on constructive
elements (specifically partition walls) are directly related
to the deflection of the element on which they support
themselves.
Figure 11: Deformation comparation for non-prestressed
sections (S1) and sections with the self-tensioned system (S2)
for different tendon areas

4.3 STRUCTURAL FLOORS DEPTH
The efficiency of the self-tensioning system allows to
obtain long-span structural floors with great slenderness.
The depth of structural floors influences on the behavior
of deformation from two points of view: on the one
hand, obviously, an increasing of the depth increases the
flexion stiffness, reducing its deformability; on the other
hand, by increasing the depth, the distance between the
tendon and the centre of gravity increases, so on equal
tensioning force, it generates a bigger moment and,
consequently, a reduction of the deformation.
Figure 10: Deformation comparation for non-prestressed
sections (S1) and sections with the self-tensioned system (S2)
for different angle between rods

4.2 SELF-TENSIONING TENDON AREA
The deformation experimented by the multiplying device
when it is loaded is also related to the axial stiffness of
the self-tensioning tendon, and, therefore, to its area (Ω).
The influence that the area of the tendon has on the
behavior of the piece through deformation, is very
similar to the effect which is produced by the angle
between the rods. A tendon of reduced area experiments
a bigger lengthening, which means a greater deformation
of the multiplying load device, and therefore, a bigger
seat. But, on the other hand, due to the non-geometrical
linearity, the bigger deformation of the device leads to a
higher tensioning force and a smaller final deflection of
the piece. Ultimately, while the area of the tendon is
reduced, the relative deformation of the piece is reduced
too, but at the expense of important seats on the
supports. The described effect can be clearly seen in Fig.
11 corresponding to a piece with features previously
indicated and where it is represented the deformations
corresponding to the load hypotheses H0, H2 and H3 for
the two types of section (S1 and S2) using three different
tendon areas (750, 1000 and 1250 mm2).

With the aim of viewing the influence of the depth used
on the behavior of the element, it has been represented
on Fig. 12 the corresponding deformations to hypotheses
H0, H2 and H3 of the piece S2 previously described,
using three different depth values (0.025L, 0.030L and
0.035L). Given that the depth does not affect the
geometry of the multiplying device or the tensioning
force, the obtained seat is the same on the three cases,
only varying the deflection which, however, obeys the
normative requirements in every case.

Figure 12: Deformation of section with the self-tensioned
system (S2) for different structural floors depths
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Finally, we need to indicate that a design with an
appropriate choice of the previous parameters (rod
angles, tendon area and structural floor depth) combined
with the initial precamber value, allows us to obtain a
structural floor solution whose deflection on the quasipermanent load hypothesis is practically nonexistent. As
a kind of example, it has been represented in Fig. 13 the
deformations corresponding to the piece type S2 with
features already indicated in which there is a variation on
the floor depth, tendon area and the initial manufacturing
precamber. It can be seen how in the service situation
(hypothesis H2 corresponding to quasi-permanent
combination) we can achieve a practically nonexistent
relative deflection with an appropriate choice of the three
quoted parameters, which guarantees the efficiency of
the patented system.

Figure 13: Deformation of section with the self-tensioned
system (S2) with different design parameters

5 CONCLUSIONS
Self-tensioning system SsS® provides a much more
favorable distribution of the bending moments, so that a
high efficiency of the deflected sections in terms of both
resistance and deformation is achieved. This makes the
system especially suitable for use in long-span wooden
structural floors.
An appropriate use of the different design parameters
which determine the structural behaviour of the selftensioning system allows us to design long-span
structural floors with reduced depths with a relative
deflection during service of very low magnitude.
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RIBBED-PLATE APPROACH TO PREDICT STATIC AND DYNAMIC
RESPONSES OF TIMBER FLOOR WITH BETWEEN-JOIST BRACING
Aamir Khokhar1, Ying-Hei Chui2

ABSTRACT: Installing between-joist bracing can be an economical and effective means of mitigating excessive
vibration levels in wood floors associated to human discomfort. Effectiveness of between-joist bracing depends upon its
own rigidity that accounts for the location of bracing, geometric arrangement and connection stiffness of installed
bracing elements to joist. This paper presents a method to quantify the flexural rigidities of between-joist bracing and
their influence on vibrational serviceability parameters such as static deflection under a concentrated load and
fundamental natural frequency of timber floor. A designer-usable analytical model, based on ribbed-plate theory, was
used to predict static deflection and fundamental natural frequency by taking account of measured bracing rigidities.
Results show that predictions the static deflection and natural frequencies. The proposed method and ribbed- plate
model could be integrated into current design approaches to predict vibrational performance of timber floors.
KEYWORDS: Timber floors, Ribbed-plate theory, Static deflection, Fundamental natural frequency, Serviceability

1 INTRODUCTION 123
Traditional timber floor systems are usually composed of
a series of parallel timber joists (eg. solid, I-joist or
Laminated-Veneer-Lumber) which support wood-based
sheathing as shown in Figure 1. This produces a
lightweight two-way rib-stiffened structural system. Due
to this, timber floors have a tendency to produce high
level of vibration when excited by human footfalls or
similar impacts on floor surfaces. Such high level of
vibration is strongly influenced by the across-joist
construction details and the ratio of floor width to joist
span. When such high amplitude of vibration occur they
can cause discomfort in the occupants
A number of research studies have been conducted to
identify vibration response parameters that correlate with
human acceptability to floor vibration. Controlling static
deflection under a point load at floor centre has been
found to be a reliable indicator [1,2,3] of vibrational
serviceability for certain types of wood-based floors.
Natural frequencies of a structure are also known to be a
good predictor of human response to vibration.
Increasing first natural frequency [4,5] and raising the
1

Aamir Khokhar, School of Engineering and the Built
Environment, Edinburgh Napier University, 10 Colinton Road,
Edinburgh, EH10 5DT, UK. Email: a.khokhar@napier.ac.uk
2 Ying-Hei Chui, Wood Science and Technology Centre,
Faculty of Forestry and Environmental Management,
University of New Brunswick, Fredericton, NB, E3C 2G6.
Canada. , Email: yhc@unb.ca

higher natural frequencies [2,6] leads to improved
vibrational serviceability of wooden floors.

Wood-flooring
or sheathing

Joist
Figure 1: A typical timber floor

Various methods have been proposed for improving the
floor serviceability. Chui [5] suggested installation of an
additional layer of floor sheeting over the joists. Hu and
Tardif [7] suggested supplementing the floor response by
coupling it into structurally competent partition walls.
Ohlsson [3] advocated reducing the spacing of floor
joists. However, investigators have reported that adding
a row of between-joist bracing along the width of floor at
mid-span is the most economical and effective approach
[8,9,10]. The addition of between-joists bracing
contributes to the improvement in performance by
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distributing the dynamic load between the joists and
increasing floor system stiffness in the across-joists
direction, resulting in a reduction in static deflection and
raising of higher natural frequencies.
Traditional between-joists bracing (e.g. solid blocking or
cross bridging, shown in Figure 2 and Figure
3respectively) have been found to reduce static
deflection under a concentrated load [10,11,12,13] and
amplifying higher natural frequency modes [5,10,13].
The effectiveness of these bracings can be further
enhanced when they are used in conjunction with a
bottom strapping [13].
Wood-flooring
or sheathing

Blocking

The flexural rigidity of a row of between-joists bracing
should incorporate the effects of rigidity of bracing
pieces (bracing elements), arrangement of bracing
elements and rigidity of connection between bracing
elements and joists. Any alteration in these factors may
vary the influence of bracing on performance of the
floor. It is therefore of interest to understand how to
evaluate bracing flexural rigidity and examine its
influences on vibrational performance of wooden floors.
This was the purpose of the research study which is the
subject of this paper.

2 EVALUATION OF FLEXURAL
RIGIDITY OF BETWEEN-JOISTS
BRACING
The flexural rigidity of between-joists bracing (EIb) can
be determined by considering the deformed shape of the
floor and a single row of between-joists bracing under an
applied static load (Figures 4 and 5). Assuming row of
bracing as an equivalent beam and applying simple beam
theory, EIb can be calculated as:
𝐸𝐼𝑏 =

Joist

𝑀×𝑊
Θ

(1)

where M = constant moment acting on the beam, W =
width of floor and  = angle subtended at the centre by
the arc.

Joist to blocking connection
with two nails

Bracing

Bridging
element
Panel

Joist

Figure 2: A wood floor with a row of solid blocking

Sub flooring

Depth (d)

Wood-flooring
or sheathing

Bracing
Bridgingtotojoist
joistconnection
connection

Cross bracing

Width (W)

Figure 4: Cross-section of a wood floor with bracing



Joist
Joist to cross bridging connection
with two nails
Figure 3: A wood floor with row of cross bridging

In addition to traditional bracing, innovative bracings
have also been examined. Studies [7,9,10,14] showed
that highly stiffened and properly installed bracings are
more effective in transferring forces between joists than
traditional bracings. Chui [15] examined effects of
bracing on floor vibration using ribbed-plate analytical
model. The model accounts for bracing flexural rigidity
to predict static deflection and the fundamental natural
frequency of timber floors. However, mechanism by
which flexural rigidity of between-joist bracing can be
quantified was not fully elucidated or optimized.

R

Beam equivalent to a
row of bridging

M

M
W
W + W

Neutral axis

Figure 5: Deformed curve of an equivalent beam of
bridging under static bending

In Figure 5, W is change in floor width and can be
correlated to depth of the bracing element (d) and  as:

Δ𝑊 =

𝑑
×Θ
2

(2)
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Considering Figure 6, W can also be calculated by
correlating the change in length of bracing to joist
connection (), and total number of bracing elements in
single bracing beam as:
Δ𝑊 = 2𝛿 × 𝑛

(3)

Combining Equations (2) and (3) yields:
(4)

Θ=𝑛×𝛼

where α = an angle of rotation of the bracing element
due to the bending of the line of bracing. Considering
Equation (4) and M from Figure 6, Equation (1) can be
expressed as:
𝐸𝐼𝑏 = 𝑘𝑟 𝛼 ×

𝑊
𝑛𝛼

(5)

where kr = rotational stiffness of single bracing element
and defined as the bending moment required to rotate a
single element by a unit angle relative to the joist. Since
n is the number of bracing elements, therefore, W/n is
simply the joist spacing. The bending stiffness of a row
of bracing in Equation (6) can be expressed as the
product of the rotational stiffness of a single bracing
element and joist spacing Jsp as:
𝐸𝐼𝑏 = 𝑘𝑟 × 𝐽𝑠𝑝

(6)

Joist

Bracing element

Figure 6: Joist and its two adjacent bracing element in a
deformed floor

A test method has been developed by Khokhar [10] to
estimate the rotational stiffness of a bracing element. In
the method, kr can be obtained by measuring
deformation of two bracing elements connected to a
joists stub at middle loaded under three-point bending
(Figure 7) and given as:
𝑘𝑟 = Δ𝑃 × (

Δ𝛿𝑏
)
Δ𝜃

Figure 7: Scheme of test method for rotational stiffness
of a bracing element

3 FLEXURAL RIGIDITY OF
BETWEEN-JOISTS BRACING TEST
The test program focused on evaluating a range of
between-joists bracing rigidity. Traditional bracing (solid
blocking and cross-bridging) and special bracing system
were used to attain kr. Employing special bracing
method allowed us to vary the flexural rigidity of
bracing by changing the number of fasteners used to
attach the bracing element to the joists. This approach
provided a range of rotational stiffness values for the
bracing-to-joist connection. The special bracing
consisted of 45 mm by 240 mm laminated veneer lumber
(LVL) blocking connected to LVL joist stubs of the
same cross sectional size. A total of 16 aluminium
brackets were employed, as shown in Figure 8. Tests
were conducted by varying the number of screws at each
connection from 13 to 1 (i.e. 13, 8, 5, 3 or 1). A rigid
blocking-to-joist connection was achieved by using 13
screws and a polyurethane adhesive to attach blocking
pieces and bracket.

LVL blockings

Applied load

Aluminium brackets
connected with screws

LVL joist stubs on pin
support

(7)

where Δδb/Δθ is the slope of the plot of the vertical
displacement at mid-span (δb) versus average rotation at
the supports (θ), and ΔP is the increment in applied load
corresponding to the slope calculation. Taking account
of both δb and θ in Equation (7) permits inclusion of
effects of deformation components like bending, shear
and axial displacements in bracing elements and slip in
bracing element to joist connections within EIb.

Figure 8: Test set-up for measuring bracing element
stiffness
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In all bracing systems the joist spacing was 610 mm.
Five specimens of each bracing system were tested
under gradually increased load between 1 kN to 4 kN. kr
and EIb were calculated using Equations (6) and (7) and
are given in Table 1, section 5.
Applied load
LVL joist stubs

OSB sheathing
Bottom strapping

Cross-bridging

Figure 9: A test-setup for combined cross-bridging and
strapping bracing element stiffness

4 FLOOR TEST
Floor test program was conducted to focus on how
flexural rigidity of between-joist bracing influenced the
free vertical vibration frequencies and static deflection
response of the test floor. A full-size floor was
constructed in the laboratory and modal analysis and
static deflection tests were conducted sequentially alter
that floor to incorporate various mid-span joist bracings.
A floor without any bracing was also tested to provide
reference/base conditions for quantifying effects of
added bracing.
The test floor, as shown in Figure 10, of 4.2 m span was
constructed with seven 45 mm by 241 mm LaminatedVeneer-Lumber (LVL) joists, spaced at 610 mm on
centres. LVL joists were used in lieu of more common
sawn softwood lumber joists because the dimensions and
elastic properties of LVL are more uniform than those of

sawn lumber, and using LVL was judged less likely to
lead to any masking effects that variations in the bracing
stiffness had on behaviour of a complete floor.
4.20m
0.54m

44mm x 240mm LVL joists at 610mm on centre

Traditional solid blocking elements comprised of 38 mm
by 241mm sawn spruce lumber were toe-nailed to LVL
joist stubs using two 63 mm long gauge 8 (4.19 mm
diameter) common nails. Each blocking to joist
connection had two nails with one driven from each side
at top and bottom. Cross-bridging comprised of two
pieces of 38 mm by 51 mm sawn spruce lumber, each
fastened to joists using two 63 mm long gauge 8 (4.19
mm diameter) common nails. A 360mm wide Oriented
Strand-Board (OSB) sheathing strip was attached to the
top of cross-bridging specimen to stabilize specimens
during application of loading. Tests were also conducted
on cross-bridging plus strapping. Strapping was 19 mm
by 89 mm spruce board fastened to the underside of
cross-bridging and each joist stubs by two 63 mm long
gauge 10 (4.83 mm diameter) wood screws, as shown in
Figure 9.

1.22m

63mm long wood screws at
406mm on centre at inerior

1.22m

1.22m

2.44m
3.66m

1.22m

63mm long wood screws at
310mm on centre at edges

19mm thick tonged-and-grooved
oriented strand board (OSB) stheathing

Figure 10: Floor arrangement investigated

Tongue-and-grooved OSB sheathing panels of 19 mm
thickness were oriented with their stiff axis
perpendicular to the direction of floor span (joist
direction). The sheathing panels were fastened to the
joist using 63 mm long wood screws spaced at 305 mm
on centres at edge joists and on 406 mm centres at
internal joists. All four edges of floor were supported
throughout their length by a short stud wall, as shown in
Figure 11. Edge joists were connected to the top of the
stud wall and the gaps between adjacent joist ends across
the span direction were filled by LVL blockings over the
supports (Figure 12) to eliminate any possible lateral
movement at joist end. The end blocking and joists were
fastened to the top of stud wall by 89 mm long wood
screws.
Static deflection and modal vibration tests were
conducted on each floor specimen. The static deflection
test procedure was to apply a 1 kN concentrated load at
the floor centre and measure the deflection at mid-span
of each joist by a dial indicator placed underneath the
joist. Modal vibration test was conducted to determine
the natural frequencies of the floors. The procedure
involved impacting the floor with an instrumented
hammer at a specific location and measuring the
responses at various locations on the floor.
At first, the floor without bracing elements was tested.
The floor construction was modified repeatedly by
altering the flexural rigidity of a line of between-joist
bracing located across the width of the floor at the midspan position. The special bracing was used with the
same mechanism of adjusting their stiffness by altering
the number of screws, as discussed in Section 2.
Traditional solid blocking, cross bridging and with
combined cross bridging and strapping bracings were
also used.
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44 x 240 mm LVL joists

19mm thick OSB sheathing

1.3m

that the load and deflection measurements were located
at the centres of floor systems, and that joists were
braced at mid-span. If the load or the displacement
response occurred at other locations, and if the joists
were braced differently, the relationship may not be
linear.
Table 1: Static deflection response of floors with and
without a row of bracing elements

102mm screws at 100 mm on centre

Type of
bracing
element

Laboratory floor

EIb
(kNm2)

Figure 11: Floor construction layout along span direction

44x240mm LVL joists
at 600mm centre

End LVL blocks

19mm thick OSB sheathing

1.3m

102mm screws at 100 mm on centre

Laboratory floor

Figure 12: Floor construction layout in the across-joist
direction

5 RESULTS AND DISCUSSION
5.1 FLOOR TEST
Table 1 summarises static deflection test results for fullsize floor arrangements and the equivalent EIb values
obtained from isolated bracing beam tests. It can be seen
that bracing stiffness has a significant influence on the
reduction in static deflection under a 1kN gravity load at
the centre of the floor. As such, values of EIb ranging
from 45 to 110 kNm2 reduces static deflection from 10%
to 31%. It is to be noted that for the types of floor
arrangements investigated, cross-bridging proved to be
relatively flexible compared with other types and in
terms of deflection reduction (10%) was similar to the
special bracing with one screw.

Static
deflection
under 1 kN
load (mm)

Reduction in
deflection
relative to base
floor (%)

Base floor*

0

1.3

0

Crossbridging

45

1.18

10

Solid
blocking

57

1.10

14

Crossbridging
with
strapping

91

0.98

25

Special -1
screw*

40

1.17

9

Special - 3
screws

61

1.11

15

Special - 5
screws

78

1.04

20

Special - 8
screws

92

0.96

26

Special - 13
screws

98

0.93

29

Special - 13
110
0.90
31
screws +
adhesive
* Number of screws located at each end of the special
bracing element.

Therefore, the effectiveness of cross bridging in service
must be questioned since the field attachment tends to
split the wood in this type of bracing. Once wood
splitting occurs the reduction in deflection is expected to
be even lower than the 10% reported in Table 1,
dramatically reducing its contribution to the across-joist
stiffening.
As those values show, there is a clear inverse
relationship between the equivalent flexural rigidity of
joist bracing methods and the static deflection at the
centre of any floor, irrespective of the specifics of the
employed bracing method. That relationship is presented
graphically in Figure 13. The linearity of the relationship
between EIb and static deflection in Figure 13 reflects

Figure 13: Static deflection of floor vs equivalent bracing
flexural rigidity.
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Table 2 presents the first five natural frequencies of the
tested floor with various bracings and the reference base
floors. The modified reference floor differed from the
base floor in that it had the aluminium brackets attached
but not fastened to the joist. This was done to eliminate
the effect of the weight of the brackets on natural
frequencies when studying the influence of betweenjoists bracing on natural frequencies.
The results in Table 2 show that the addition of bracings
generally raises the first natural frequency slightly. This
observation agrees with results from numerical
modelling [16], but was missed by researchers in
previous experimental studies [5,7,17]. This could be
due in part to equipment precision as the increase is
generally very small for traditional bracings. The effect
of increasing bracing stiffness on first natural frequency
is illustrated in Figure 14. The vertical axis is the ratio of
the first natural frequency of the system with bracing
relative to the reference base floor. As noted above, the
reference base floor was different for the special bracing
group and the traditional bracing group. For the cases
considered here the maximum increase in first natural
frequency was about 9%.
Table 2: Fundamental and higher natural frequencies of
floors with and without a bracing elements

Bracing
elements
Base floor*
Solid
blocking
Cross
bridging
CBS
Modified
reference
floor**
Special – 1
screw***

Natural frequency (Hz)
f2
f3
f4
f5

EIb
(kN
m2)
0

20.8

25.8

32.4

37.8

45.8

47

20.8

30.9

44.5

55.6

66.5

55

20.5

29.0

40.8

53.3

64.5

91
0

21.8
18.8

32.7
23.1

43.5
28.4

58.0
33.4

70.0
39.6

40

19.3

27.4

40.0

53.2

66.0

f1

Special l - 3
61 19.4 28.6 41.4 54.2 67.7
screws
Special - 5
78 19.5 29.2 42.0 54.8 67.3
screws
Special - 8
92 19.6 29.3 42.4 55.2 68.0
screws
Special - 13
98 19.9 30.2 42.7 56.0 69.2
screws
Special - 13
110 20.5 30.2 43.0 56.0 70.0
screws +
adhesive
*Floor tested without addition of any bracing elements.
**Floor tested without addition of any bracing elements,
but with addition of aluminium brackets to which special
bracing were fixed.
***Number of screws located at each end of bracing
element.
It can also be noted that in general the two groups of
bracing follow the same trend of varying first natural

frequency with element stiffness, except the two floors
with cross bridging and blocking. These anomalies are
thought to be attributed to the frequency resolution of the
measurement equipment and the difficulty in controlling
the quality of the connection of these elements to the
joists. In comparison with the first natural frequency,
the higher natural frequencies are more sensitive to
changes in bracing stiffness as is observed in Table 2.
The degree of sensitivity increases with vibration mode
number.

Figure 14: Ratio of fundamental natural frequency of
floor to the fundamental frequency of the basic floor vs.
equivalent bracing flexural rigidity.

5.2 RIBBED PLATE MODEL PREDICTION
Ribbed plate model [15] was used to predict the
behaviour of the test floor incorporating flexural
rigidities attained from isolated bracing test. The model
is based on ribbed-plate theory [18] considering
structural system consisting of a thin plate reinforced by
rib running in either one or two orthogonal directions,
similar to timber floors. The static deflection under a
point load at the centre of floor, simply supported at all
four sides, can be calculated as shown in Equation (8).
The fundamental natural frequency can be determined by
Equation (9) considering floor stiffness and mass
properties of floor.
𝑑𝑝 =

4𝑃
×
𝑎𝑏𝜋 4

1
(8)
𝑚 4
𝑚𝑛 2
𝑛 4
( ) 𝐷𝑥 + 2 ( ) 𝐷𝑥𝑦 + ( ) 𝐷𝑦
𝑎𝑏
𝑏
𝑚=1,3,5.. 𝑛=1,3,5.. 𝑎
∑

𝑓1 =

∑

1 4
1 2
1 4
√𝐷𝑥 ( ) + 2𝐷𝑥𝑦 ( ) + 𝐷 − 𝑦 ( ) (9)
𝑎
𝑎𝑏
𝑏
2√ 𝜌
𝜋

where a = span of floor, b = width of floor, P = point
load at the centre of floor and  = density of subflooring.
Dx takes account composite flexural rigidity of joists and
spacing, Dxy considers shear rigidity of plate and
torsional rigidity of joists and Dy depends on lateral
bracing flexural rigidity (EIb) and sub-floor stiffness.
Further details are given in [15].
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Static deflections and fundamental frequencies were
predicted incorporating the flexural rigidities of special
bracing and traditional bracing. The input parameters
such as floor span, floor width, material properties of
joists and sub-floor (plate), and stiffness of joist-tosheathing connection of the test floor were taken into
account. It can be seen From Figure 15 that predicted
static deflection completely agree with the measured
static deflection. However, a weak correlation was
noticed (Figure 16) between predicted and measured
fundamental natural frequencies. This may be possible
that model does not account properly of factors such as
joist to end and edge floor support connection, joist and
subfloor connection mechanism and a probable lateral
torsional buckling of joists. Chui [15] and Hu et al. [19]
found the similar results. Further investigation is
required in this regard.
Ribbed-plate model predicted
deflection (mm)

1.4
1.3

1.1
1

0.9

0.8

0.9

1

1.1

1.2

Floor deflection test results (mm)

Base floor
CB+strapping

Cross-bridging
Special bracings

1.3

1.4

Solid blocking

Ribbed-plate model predicted
fundamental natural frequency(Hz)

19

19.5

20

20.5

21

21.5

Floor fundamental natural frequency (Hz)

Base floor
CB+strapping

Cross-bridging
Special bracings
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Applicability of ribbed-plate model predictions was
assessed by employing evaluated bracing rigidity values.
Comparison of predictions with test measurements
showed that the proposed bracing model and ribbedplate approach a have potential to be integrated into
current design approaches to predict vibrational
performance of timber floors.
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of 30% in static deflection at floor centre was achieved
using the stiffest bracing system. An increase in bracing
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found in previous studies, it was noticed that increasing
bracing stiffness is effective in raising higher natural
frequencies of wooden floor systems.
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6 CONCLUSION
A method is developed in this study to quantify the
flexural rigidity of between-joists bracings and was
found to be general enough to be applied to a broad
range of bracing types. The bracing rigidity test method
can be used in predictive models to calculate structural
response of wood-based floors to static and dynamic
loading conditions, and can be incorporated into a design
procedure for controlling vibration in wood-based floors.
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VIBRATIONAL BEHAVIOUR OF CROSS LAMINATED TIMBER FLOORS
IN RESIDENTAL BUILDINGS
Severin E. Zimmer1, Manfred Augustin2
ABSTRACT: This paper will discuss the relevancy of different boundary conditions that relates to the dynamic
behaviour of CLT floors to show the opportunities of adopting the findings for the verification of the serviceability limit
state. Based on a literature research and measurements in the laboratory and in situ in different objects the evaluated
boundary conditions are different static systems, supporting conditions, non-load bearing internal walls, flexible
carriers, joints between CLT elements, elastomers and floor constructions. Furthermore a theoretical investigation on
the low frequency behaviour of floating screeds was conducted. Abstracted from the results it can be stated that
elastomers can generally be neglected in their influence on low frequency vibration modes except when the partial
clamping due to the load of superimposed storeys at the supports should be taken into account. The effect of partial
clamping on low frequency vibration can be calculated adequately but is lowered if elastomers are used to improve the
building physics. A big influence was observed at non-load bearing internal walls as they are able to change the
eigenmodes of a floor into ones with higher frequency. Overall the laboratory measurements agreed well with the
analytic solutions while differences in comparison of calculations with in situ measurements rise with the complexity of
the boundary conditions.

KEYWORDS: vibration of floors, low frequency, measurements, non-load bearing walls, partial clamping, elastomers

1 INTRODUCTION 12
For modern timber structures, long span flooring systems
are an important demand. Unfortunately the sensitivity
for vertical low frequency vibrations induced by humans
is rising with the span of the floor. That is why design
rules for the vibrational behaviour, included in the
serviceability
limit
state
(SLS)
of
the
ON EN 1995-1-1 [1] and its national document [2],
become crucial for the design in many cases (see Annex
for a summary of the national document concerning the
proof of vibration). Compared to in situ measurements of
timber buildings erected with Cross Laminated Timber
(CLT), the calculated parameters, based on the design
code, often differ from in situ measurements [3,4]. While
only a few floors vibrated in an uncomfortable way
although the specifications of the design code were
satisfying, most of the other floors achieved a better
performance than calculated.

boundary conditions like partial clamping in the support
through the load of the superimposed storeys, different
types of elastomers and their position, non-load bearing
internal walls, joints between CLT elements, flexible
supports and flooring systems. The clearest results
concerning the impact of the different boundary
conditions are provided by the eigenfrequencies,
however the velocity, acceleration and damping also
showed some influences.

2 INTRODUCTIVE LITERATURE
RESEARCH
The focus of the literature research was on impacts of
constructive parts on the low frequency vibrational
behaviour of floors which results are summarized as
follows:


To discover the reasons for the discrepancies and to be
able to describe the vibrational influences for CLT floors
in a qualitative and quantitative way, investigations in
the laboratory [5] and in situ [6] had been carried out. It
was possible to take a closer look on vibrational
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Joints between bearing walls and the floor: In
in situ measurement a difference in the dynamic
properties was observed for two identical floors
at first and second floor. This difference was
related to the different load levels in the raising
walls which led to a partial clamping in the
support [4].
Joints between elements: For the manual
calculation with differential equations the hinge
of a shear force joint must be neglected due to
the big effort [7].
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Non-load bearing internal walls (NLW): NLW
have a big influence on the dynamic behaviour
of a floor. If NLW should be included in the
design a FEM modelling is necessary in most
cases, for which an approach is given in [8].
Maier [8] conducted the planking into an
orthotropic shear wall which is connected to the
floor with accurately defined connection
conditions. The investigations were based on a
bearing construction made of composite steel
and concrete, whereat material based
specifications need to be adapted to timber
constructions. Over all the possibility of changes
in the utilization during the life cycle must be
considered.
Floor constructions: As the ratio between the
bending stiffness of the screed and the CLT is
relatively high, the bending stiffness of the
screed should be considered in the dynamic
design without a shear connection [3]. In reverse
calculations of test results in [7] a low shear
connection between screed and CLT was
verified (γ = 0,02). Generally the shear
connection is estimated very low and should be
neglected. Additional to the bending stiffness the
floor construction raises the mass and damping
of the floor which reduces the excitability [4].
Suspended ceilings: By using a special hanger
for the suspended ceiling it is possible to raise
the damping of a floor [9]. Generally suspended
ceilings respectively bottom sides of ceilings
have a negligible low influence on low
frequency vibrations of the floor, whereat they
can be considered in the design only by its
weight [8].

3 MEASURING EQUIPMENT AND
APPLICATION
For the measurements three SMU 31 sensors from
Hottinger Baldwin Messtechnik (HBM) were used. As
they produce a velocity-proportional induction voltage,
the velocity in mm/s was chosen as signal output,
amplified by the amplifier QuantumX 410A (HBM) and
recorded via the Software CatmanAP (HBM). In
CatmanAP some calculation channels had been added
before the data were exported into an ASC-File for
further processing in a prepared Microsoft Excelfile. The
final results were the eigenfrequencies obtained from the
FFT-plots, the maximum and root-mean-square of
velocity and acceleration and the modal damping ratios.
The modal damping ratios were obtained from the
gradient of an exponential regression curve which was
adapted on the decaying vibration in the time domain (4,
6 or 10 amplitudes) whereat the signal had a band
limitation. In the evaluation of the transient vibrations
the first two to fourteen amplitudes were skipped for the
damping ratio as they contain distortions of the
excitation.
Referring to human induced low frequency vibrations
the excitation form free walking (irregular, FG) and the
heeldrop (HDx) were used. In both cases the

eigenfrequencies and the damping ratios are influenced
by the exciting person on the floor. On the basis of these
excitations it was possible to obtain damping ratios of
different constructions and acceleration values due to
free walking (continuous excitation) for the
serviceability limit state (SLS). Furthermore parameters
without a person located on the floor were also
investigated by excitation with a hammer stroke (HA2)
and a free decaying curve after a continuous excitation
(laboratory, AS).

4 TEST CONFIGURATIONS AND
APPROACH
An important part of the investigations was the
comparison of calculated eigenfrequencies, vibration
velocities and accelerations with results of
measurements, which were performed in the laboratory
as well as in situ for different massive timber buildings
made of CLT.
4.1 Laboratory measurements
After the investigation of the modulus of elasticity (4point-bending test until 50 % of the theoretical breaking
load) and the first three eigenfrequencies (single span
beam with a span of 8 m) of seven geometric identical
CLT elements, one element was chosen for further
vibrational measurements in the laboratory. The
dimensions
of
the
element
were
length/wide/height = 8.250/800/140 mm with
layer
thicknesses of 32-19-35-19-35 mm, while the properties
were close to the mean values of all seven specimens. By
choosing a single reference element variations, which
results from the scattering of wood material could be
avoided in the further investigations.
The initial dimensions of the reference element were
kept and served as base for the choice of the spans for
the different static systems. Furthermore different
supporting conditions, varieties of elastomers and dead
loads were investigated which are listed below:






static system
o single span beam EFT (8 m)
o single span beam with cantilever EFT-KK
(6,5 | 1,6 m)
o symmetric two span beam ZFT-S (4 | 4 m)
o asymmetric two span beam ZFT-AS
(5,5 | 2,5 m)
o symmetric three span beam DFT-S
(3 | 2 | 3 m)
support
o simple support
o support on CLT element
o support with partial clamping through load
(two
variations:
AL1 = 35 kN/m,
AL2 = 68 kN/m)
elastomer
o six elastomers of different resistance
(0,15 to 1,50 N/mm² permanent static load)
o three different arrangements
(below, above and two sided)
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dead load
o two different dead loads
(M1 = 1,25 kN/m², M2 = 2,50 kN/m²)

To simulate the partial clamping, which results through
the load of superimposed storeys, the upper wall section
were fixed to the floor by a steel beam and two threaded
rods which were preloaded with a hydraulic cylinder (see
Figure 1). The preloading forces were chosen according
to a one storey wall with flat roof and extensive greening
and secondly to the same construction with two extra
storeys.

two load levels of M1 = 1,25 kN/m² and M2 = 2,5 kN/m²
correspond to a light- and heavyweight floor
construction.
As all possible combinations of the listed parameters
would lead to more than 7000 test configurations, which
is far too much and not necessary, the measured test
configurations were kept at around 200 by an ongoing
evaluation and analysis of the results.
4.2 In situ measurements
Additional to the laboratory tests, ten different objects,
from the single family and apartment house across office
buildings until one kindergarten were measured. Due to
the variety of architectural solutions the following
boundary conditions were gathered:







Figure 1: Preloading at the support to simulate the load of
superimposed storeys

Elastomers with different dynamic modules of elasticity
were tested for each static system to investigate their
influence on the dynamic behaviour of the CLT element.
In case of the configurations with partial clamping the
position, the position of the elastomers were changed
from underneath, above and two-sided arrangement (see
Figure 2).



static systems: single span beams without and
with cantilever, two and three span beams
supports: supported on CLT walls with and
without elastomers, point supports on columns,
support on flexible downstand and upstand
beams
joint between elements: shear force connection
with overlapping notch or screwed external
tongue, rigid shear force connection with screw
compressed bonding
non load bearing internal walls (NLW): metal
and wooden stud walls with drywall planking,
flexible and rigid floor and ceiling connections
floor construction: floating wet screed with and
without screed heating, mastic asphalt on cement
bonded chipboard, footfall sound insulation out
of mineral wool und EPS, cemented and loose
ballast, light and heavy ballast, equalising layers
out of EPS
bottom side of the ceiling: visible CLT ceilings,
gypsum boards on metal substructure and
hangers, gypsum boards on screwed battens,
gypsum boards on battens with swinging frames

Figure 3: Carcass without (left) and with NLW (right)

Figure 2: Clamped support with both sided elastomers

Regardless of the static system, the supporting condition
and the elastomers, the impact of dead load was
observed too. For this test configuration 25 kg sandbags
were placed on the CLT elements without touching
themselves, which could raise the bending stiffness. The

Beside the number of boundary conditions (interaction in
the measured results), also the intensity of the dynamical
characteristic has an influence on the identification of the
dynamic effects of individual parameters. Complex
geometries of the different ceiling elements add more
difficulties to the analysis of individual parameters. A
direct comparison of dynamic parameters before and
after a change of a boundary condition provides the best
results and was implemented by taking measurements in
different phases of construction (see Figure 3 and
Figure 4).
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Figure 4: measurement in the construction phase with
hardened screed

As eight out of ten investigated objects had been under
construction during the term of the project, it was
possible to measure in the five different phases of
construction listed in Table 1.
Table 1: Investigated construction phases (number 5 is not
inserted as it was used as a placeholder)

phase
1
2
3
4
6

description
carcassing phase without NLW
carcassing phase with NLW
carcassing phase without NLW and loading
construction phase with hardened screed
object under utilization

Table 2: Calculated eigenmodes and frequencies of the first,
second and antisymmetric eigenmodes of the screed and the
CLT beam with results for the mass-spring and the massspring-mass-system as well as for the bending beam in the
range of 0,2 to 200 kN/m³ of dynamic stiffness

The sensors were placed at the quarter points along a
defined line in main span direction. Measuring at some
points in cross span direction and on the ceiling in case
of floors with finished screed enabled within the
comparison of the data the determination of twodimensional eigenmodes and influences of the floor
constructions. The positioning of the sensors occurred
with clamping shoes which were placed on the floor with
a tripod at one hand and were screwed on the ceiling at
the other hand.
During the measurement with a person on the floor, the
exciting person also made a subjective evaluation
according
to
the
assessment
criteria
of
Kreuzinger/Mohr [10] for the free walking and
separately for the heeldrop. These grades from 1
(vibrations hardly noticeable) to 4 (vibrations explicit
noticeable and disturbing) allow a comparison of the
results to existing design limits of the ON EN 1995-1-1
[1] and its national document [2].

5 DYNAMIC BEHAVIOUR OF
FLOATING SCREEDS –
THEORETICAL INVESTIGATION
To achieve a good footfall sound insulation of the
flooring system it is common to use a floating screed.
Depending on the material and load of the screed,
footfall sound insulations with a dynamic stiffness from
5 to 100 MN/m³ can be used, whereat the sound
insulation raises by lowering the stiffness (low frequency
adjusted system). For the estimation of the efficiency of
the footfall sound insulation the floor is simply
calculated as mass-spring-mass-system (M-S-M).
Concerning to low frequency vibrations of the SLS the
eigenfrequency is calculated with the bending stiffness
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of the whole floor (screed and bearing floor) which
assumes a synchronic vibration of screed and bearing
floor. As the dynamic stiffness of the footfall sound
insulation gets very low a decoupling effect which
causes independent vertical vibrations of the screed
cannot be excluded. Beside the low natural frequency of
this mass-spring-system (M-S), the modal mass would
also be very low which raises the excitability of the
floor.
Based on the considerations of the previous passage, a
single span beam was calculated with the FEM software
RSTAB [11]. The beam was divided into two bending
joists, wherat the upper one was the screed and the lower
one was the CLT, connected with massless rods in an
equidistant arrangement. The axial stiffness of the rods
as springs was chosen equivalent to a range of the
dynamical stiffness from 0,002 to 2.000 MN/m³. A loss
of rods as it occurs when the screed takes off was not
included. For the analysis the first, second and
antisymmetric eigenmodes were obtained and shown in
Table 2 in the range from 0,2 to 200 MN/m³.
As can be seen in the results of Table 2 for the calculated
example it is sufficient accurate to calculate the
fundamental frequency as bending vibration for the
range of usual footfall sound insulations. Indeed the
second eigenfrequency at 2 MN/m³ differ from the
analytical solution but it is not relevant for the proof of
the SLS. The good accordance of the antisymmetric
eigenfrequency with the M-S-M-system is a proof of the
calculation methods in the building physics. Referring to
the given example the adequacy of calculating the first
bending mode for the range of usual footfall sound
insulation is given. Only close to the stiffness of
2 MN/m³ it must be considered that a decoupling effect
starts to arise.

Figure 5: Measured and calculated fundamental frequency of
different floors in the phase with hardened screed
(Abbreviations: APH…apartment house, SDH…semi-detached
house, KG…kindergarten, SFH…single family house,
OB…office building; F…floor)

6 RESULTS
The following results are an excerpt from the analysis of
the measurement data, whereat the focus is put on
derived tendencies while values are only shown in
exceptional cases. After a general discussion of the data
from the laboratory and in situ measurements concerning
the eigenfrequencies, modal damping ratio and
acceleration, a closer look on the influence of elastomers
and the clamping effect due to the load of superimposed
storeys will be given.
In a comparison of the in situ measurements with the
calculated parameters according to the national
document ON B 1995-1-1 [2] the measured values show
a consistently favourable behaviour of the floor as
predicted. Due to the frequency criteria two and due to
the stiffness criteria four of the investigated floors are
graded as “Deckenklasse II” (floor class II) according to
the design rules of the code. On the basis of the
measurements and the conducted subjective evaluation
all investigated floors were graded “Deckenklasse I”
(floor class I).
6.1 Eigenfrequency
To evaluate and discuss the results, the eigenfrequencies
were calculated using the analytical solution (see [5,12]
and ) for the simple supported static systems. The shear
flexibility of the CLT elements was neglected in the
calculations however the results of the first three bending
modes agreed quite good with the measured results of
the single span beam due to the free decaying curve and
the hammer stroke. In case of a present person on the
ceiling the mass can be considered in the calculation
however there is a dependency to the bearing of the
person. Bearings with slightly bended knees like during
the heeldrop or the free walk can lead to little higher
eigenfrequency than the eigenfrequency of the system
excited without a present person on the floor.
A comparison of manually natural frequencies (reference
base) to ones out of the in situ measurements shows a
mean difference of 19 % in the carcassing phase and
37 % in the phase with finished screed, both on the
conservative side (see Figure 5). The difference in the
authoritative phase with finished screed indicates a great
potential for an optimised calculation.
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Predominantly the deviations are caused by the non-load
bearing walls (NLW), which influences the eigenmodes
of the floor and therefore the eigenfrequencies as they
are similar to a flexible vertical bearing. According to
the dynamic behaviour a NLW act like a spring with a
relative high stiffness. If the stiffness reaches the critical
value, the NLW forces the floor into another eigenmode
with a higher frequency. For a closer look at the impact
of NLW the major part of the investigated floors were
calculated with FEM [13] and compared with the
measurement results. On the one hand the NLW were
modelled as shear wall with flexible joint, at the other
hand the NLW were modelled as vertically rigid support
with flexible joint. A good approach was achieved by the
rigid joists, but occasionally this simplification also leads
to an overestimation of the natural frequency, so it
should not be used for the design of floors. If NLW
should be taken into account for the dynamic design of a
floor, they can be modelled as flexible support or as
shear wall in a three dimensional FEM software. An
approach for modelling respectively calculating the
equivalent spring of drywalls is given in [8]. Unlike the
manual calculation the differences between the measured
and the ones calculated via FEM (reference base) were
minimized to at mean 5 % for the carcassing phase and
to 25 % for the phase with hardened screed. Over all it
must be considered, that NLW can be displaced within
the lifecycle of a building, wherefore the dynamic
consideration of NLW must be chosen carefully.

accuracy of the evaluated damping ratios was graded in a
range from 1 (good) to 5 (bad) (see fourth column in
Table 3). Overall the mean damping value for the
carcassing phase was 3,1 % and 3,8 % for the phase with
hardened screed. In comparison with the suggestion of
2,5 % for the bare CLT floor the ON B 1995-1-1 [2]
leads to an conservative estimation of dynamic
behaviour. In the phase with hardened screed, the 3,8 %
are close to the 4 % which are given in the code, but it
must be considered that further extensions like floor
covering and furniture will raise the damping
additionally.
Table 3: Mean modal damping ratios of the first three
eigenfrequencies (with a present person on the floor) for the
different flooring systems, divided into the construction phases

6.2 Damping ratio
Equal to the eigenfrequencies the damping ratios of a
CLT element also get influenced by a present person on
the floor. Generally a person adds some damping to the
floor construction, whereat the person can intentionally
rise or minimize the damping ratio depending on the
construction and its natural frequency. Beside a
laboratory test with a rigid bearing of the person also a
test with active minimization of the vibration was
conducted whereby a damping ratio of 15 % maximum
was achieved. The ability of intentionally affecting the
damping ratio of a floor decreases with an increase of the
natural frequency and is negligible in the range of
standard constructions (>8 Hz).
Next to the natural frequency, the influence of the person
on the damping ratio also depends on the mass ratio
between the person and the floor construction whereat a
higher mass of the floor leads to a lower influence of the
person. In case of single span beam out of a bare CLT
element with simple supports a damping ratio of 0,5 %
was measured without a present person. By adding a
person to the floor the mean damping raised to 3,5 %,
which is the authoritative case for the design of a floor
between apartments. The suggested damping ratio of
2,5 % of the ON B 1995-1-1 [2] for a CLT floor without
or with a light floor construction can be stated as
verified. Referring to this, the multi-span variations had
a similar behaviour.
Due to the repeatedly occurring of beat frequencies the
evaluation of the damping of the in situ measurements
was imprecise, whereat a well-grounded analysis of the
damping properties appeared impossible. Therefore the

6.3 Acceleration
As seen in the equation for calculating the root mean
square of the acceleration (see [2]), the sensitivity of a
floor system predominantly depends on the mass. This
correlation can be seen at the results of the laboratory
test, where the acceleration of the single span beam
without and with a cantilever decreased with an increase
of the dead load (see Figure 6). The increase of the mass
leads to lower natural frequencies at one hand, but
decreases the sensitivity against excitation by a person at
the other hand. While the exciting force stays the same,
the assets of gaining mass according to the vibrational
sensitivity are bigger than the drawbacks.

Figure 6: Root mean square acceleration excited by free
walking related to the levels of dead load of the floor
construction (laboratory measurements)
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The given equation for the acceleration of the
ON B 1995-1-1 [2] can be used for floors with natural
frequencies between fmin = 4,5 Hz and fgr = 8 Hz (lower
limit for “Deckenklasse I”). As every investigated floor
of the in situ measurements had a natural frequency
above 8 Hz, the equation led to far too low results,
depending on the frequency related Fourier coefficient.
Hence an evaluation of the equation with the help of the
measurement results was not possible within the project.
Further research should also be put on the estimation of
the modal mass, as it has an influence on the result too.
Beside the mass and the damping ratio also boundary
conditions like the system stiffness of the floor,
influenced by clamping effects, NLW or multilateral
supports, can lower the vibrational excitability (see [4]).
These effects are lower than the impact of the mass and
can only be taken into account through the calculated
eigenfrequency.
The comparison of measured acceleration values with
the subjective evaluation agreed with the design limits of
the national document [2] respectively indicated the
design limit as conservative.
6.4 Elastomers
To meet the requirements of the building acoustics
within solid timber constructions it is occasionally
necessary to decouple the construction parts with elastic
elements against sound conduction. At wall to floor
connection points it is common to use elastomers, which
are equivalent to the spring of a mass-spring-mass
system (wall-elastomer-floor). The dynamic stiffness of
the elastomer is chosen as weak as possible to achieve a
ratio between exciting to natural frequency of  2 for
a low adjusted system. As the sound isolation efficiency
increases with the frequency ratio, a frequency of 20 Hz
(natural frequency) is aspired to underrun the lower
design limit of building acoustics of 50 Hz (exciting
frequency) as much as possible.
Figure 7: First bending frequency of the simple supported
single span beam without elastomer (E0) and supported on
elastomers with different dynamic stiffness (downward
ranking)

As the Frequency of 20 Hz is very low, the laboratory
test took a closer look if and how the acoustic
arrangement influences the low frequency bending
modes of the floor. It can be stated, that typical
elastomers lower the natural frequency, which is
correlated to the dynamic stiffness. The overall decrease
was only 0,2 Hz for which reason the influence can be
neglected (see Figure 7). Indeed the lower frequency
leads to an easier excitation of the floor however the
elastomers compensate this drawback by adding some
damping to the system. Except for the consideration of
clamping effects, the dynamic effects of elastomers on
low bending vibrations can be neglected for the proof of
the serviceability limit state (SLS).
6.5 Clamping effect due to load at supports
The comparison of dynamical measurements of almost
identical storeys in [4] indicated the influence of
different clamping levels due to different load levels of
the rising walls. A partial clamping at the supports of a
floor leads to more system stiffness compared to a
simple support, which increases the natural frequency,
lowers the impact of excitations and changes the
damping ratio. Two test setups with two different load
levels on the rising wall were chosen to investigate on
the clamping effect.

Figure 8: Standard assumption for the effective lever arm e

For the calculation of the natural frequency of a partial
clamped floor an effective lever arm e, depending on the
geometry and materials of the support, was supposed.
This lever arm allows, in combination with the given
load of the rising wall and the geometry and material
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parameters of the floor, the determination of a fixing
moment, which can be calculated into a torsion spring
and at least into the natural frequency (see [14]).
The assumption of the effective lever arm needs to be
taken carefully as it plays a major role in the calculation.
For typical support constructions of CLT the effective
lever arm can be conservatively chosen as on third of the
wall thickness as this is the distance between the two
resultant forces by assuming a triangular load
distribution at the contact surfaces (see Figure 8).
Referring to Figure 9 the effective lever arm in the
laboratory tests was e = 16 cm at a wall thickness of
96 mm because the rising walls were not fixed
horizontally which led to an equal load distribution in
the upper contact surface.

test configurations with elastomers at the supports.
Elastomers appear adverse to the clamping effect as their
flexibility causes a shorter effective lever arm compared
to the support without elastomers (a trapezoidal load
distribution can be assumed). The eigenfrequencies of
clamped supports with both sided elastomers were close
to the frequencies of simple supported ones since the
elastomers behaving like a simple support. While the
clamping effect should be neglected for supports with
both sided elastomers, it could be taken into account for
single sided elastomers although the increase factor is
still negligible low for clamping levels below 30 %.
Compared to supports without elastomers the elastomers
one hand are eliminating the clamping effect but add at
the other hand some damping to the system, which leads
to a quicker decaying of vibrations. At test with partial
clamped CLT elements with elastomers at the support a
damping ratio as far as 1,5 % was recorded while no
person was present on the floor. Measurements with a
present person on the floor showed no increase of the
damping ratio compared to the simple supported beam.

7 CONCLUSIONS

Figure 9: Assumption for the effective lever arm e in the
laboratory tests

The assumption for the effective lever arm e is
conservative; however a good correlation to from
calculated to measured natural frequencies was achieved
(see Figure 10).

Figure 10: Measured natural frequencies compared to the
analytical solution (black curve) using the calculated clamping
level with an effective lever arm of e = 16 mm

An exponential rising relation between the clamping
level and the increase factor of the first bending
frequency can be observed at the analytical solution in
Figure 10. According to this the natural frequency of a
single span beam can be increased by 30 % at a
clamping level of 50 %. Those values in Figure 10 which
are not following the trend of the analytic solution are

In the course of the COMET K-project “focus_sts” oneway slabs made of CLT were tested on their dynamic
behaviour. Test configurations with different static
systems, supporting conditions from simple supported to
partial clamped, supported on CLT wall elements and
also with different elastomers were conducted.
Additionally two different levels of dead load, realised
with sandbags, were carried out to evaluate the effect of
mass without increasing the bending stiffness.
Another part of the project contained dynamic in situ
measurements in ten different objects with various
utilisations. The objects are built as solid timber
constructions with cross-laminated timber (CLT). By
measuring the human induced low frequency behaviour
of intermediate ceilings, the main focus led on
documenting different boundary conditions from static
systems, supporting conditions, non-load bearing
intermediate walls (NLW), floor constructions and
hanged ceilings. To be able to compare measurements
while only one boundary condition was changed,
investigations in different construction phases like the
carcassing phase without and with NLW and the phase
with hardened screed respectively with existing
utilisation were carried out.
Elastomers are used to decouple construction parts
concerning the sound conduction and can generally be
neglected for the proof of low frequency vibrations.
However the clamping effect at the supports should be
included in the calculation, it must be considered that
elastomers lower the degree of clamping.
In consequence of usual solid timber constructions a
partial clamping at the supports due to the load of
superimposed storeys can be observed. A higher load
generates a higher degree of clamping which increases
the system stiffness of the floor and results in higher
eigenfrequencies and a lower excitability. Beside the
load, the span and the material properties of the floor, the
geometry especially the width of the supports have a
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major role for calculating the degree of clamping.
Depending on the width of the walls and the load
distribution at the contact surfaces between the walls and
the floor element, an effective lever arm e can be
determined to calculate a torsion spring which allows
defining the natural frequency afterwards. A comparison
of results, gained in the laboratory, with calculations
based on the described model led to good correlation.
To meet the requirements of the building physics it is
necessary to choose the dynamic stiffness of the footfall
sound insulation as low as possible to achieve a low
adjusted mass-spring-mass-system containing the screed
and the bearing floor. The theoretical investigation stated
that at the lower limit of the dynamic stiffness of usual
footfall sound insulations the screeds slightly starts to
vibrate independently from the bearing floor. This effect
leads to a higher excitability due to human induced low
frequency vibration of the floor system and must be
considered if necessary.
The various modes of action of different boundary
conditions to the dynamic behaviour of a floor were
analysed and presented in the previous chapter. Hence
could be extracted that the given design rules of the
ON EN 1995-1-1 [1] and the national document [2] lead
to a conservative estimation related to the measurements
of the phases with hardened screed at which the
difference increases with the number of boundary
conditions. Especially NLW add some stiffness to the
floor, which forces the vibration into eigenmodes with
predominantly higher frequencies. With appropriate
models and FEM software the NLW can be considered
in the dynamic design but requires more effort. For the
manual design NLW can be approximated as flexible
supports with adequate modulus of resilience. Above all
it must be respected, that NLW can be changed in their
position during the life cycle of the building, for which
reason the use of NLW for the dynamic part of the SLS
must be reviewed in the design process.
Without a present person on the floor the damping ratio
was 0,5 %. For the dynamic proof of the SLS according
to the ON EN 1995-1-1 [1] and its national document [2]
human induced low vibrations are relevant for the
design, what implicates a minimum of one person on the
floor, which should be considered in the damping ratio.
Suggested damping ratios of the national document [2]
for floors without and with floating heavy screed were
verified by the conducted measurements in the
laboratory and in situ in different objects.
Referring to the acceleration a FEM supported design
could lead to better values for the modal mass and
increase the accuracy of the design, but stays an open
question for further research.
Generally boundary conditions like different static
systems, clamping effects, down- and upstand beams,
NLW and floor constructions can be modelled with FEM
software to minimize the discrepancies to the dynamic
values in the realized buildings. A more precise design
also implicates a minimization of so far existing safety
stocks. Given design limits are based on subjective
evaluations in combination with measured values indeed,
but less investigated effects like beating frequencies or
second and third eigenfrequencies in combination with

less modal mass could get more significant due to more
accurate designs.
Overall the laboratory measurements agreed well with
the analytic solutions of the eigenfrequency and existing
results in literature according to damping ratios. Also the
accuracy of calculated dynamic parameters compared to
the in situ measurements in the carcassing phase was
quite good. However the construction phase with
hardened screed leads to rising differences between
calculations and in situ measurements as the amount and
complexity of the boundary conditions increases.

ANNEX

The national document [2] replaces the section 7.3.3 (2),
which contains the deflection and the velocity criteria. A
minimal weight of  50 kg/m² is assumed as well as the
utilisation categories A, B, C1, C3.1 and D. As main part
the national document introduces different floor classes
(Deckenklassen) from I to III whereat class I contains
floors with the highest requirements on low frequency
vibrations like floors between apartments, floors in
office buildings, etc.. Floors of class II can be within the
same apartment or in single family houses where the
requirements are not as high as in class I. Floor class III
is for floors with no requirements on vibrations like
floors without residential purposes or under undeveloped
attics. Depending on the type of the floor several
constructive requirements like floating screeds or heavy
ballasts are specified for the different floor classes.
Table 4: Vibrational design limits of the ON B 1995-1-1

criteria

I

floor class

frequency
stiffness

f1 ≥ 8 Hz
w1kN ≤ 0,25 mm

f1 ≥ 6 Hz
w1kN ≤ 0,50 mm

II

III

acceleration

arms ≤ 0,05 m/s²

arms ≤ 0,10 m/s²

-

-

Beside the constructive requirements the natural bending
frequency and the deflection according to a 1 kN load
must be calculated and compared to the design limits
listed in Table 4. For the calculation of the parameters it
is possible to consider the bending stiffness of the screed
without any shear connection to the load bearing floor.
In the case of rigid supports and two span beams the
raising factor for the eigenfrequency is suggested in the
code as well as Equation (1) for calculating the
eigenfrequency of floors with lateral.

f1 =

π
2  l2



 EI l
m

4
⎛ l ⎞  EI b
 1+ ⎜ ⎟ 
⎝ b ⎠  EI l

⎧ l
 EI b
⎪ 4
bF = min ⎨1,1  EI l
⎪
⎩b


⎪

⎪


(1)

(2)

where f1 = natural bending frequency [Hz], l = floor span
[m], b = width of the floor [m], m = mass of the floor
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(equivalent mass of the permanent load) [kg/m²],
(EI)l = bending stiffness along floor span [Nm²/m],
(EI)b = bending stiffness rectangular to floor span while
(EI)b < (EI)l [Nm²/m] and bF = contributively width of
the floor [m].
For the deflection under a load of 1 kN the floor is
assumed as simple supported single span beam with the
load placed at midspan. Multi span beams are calculated
as single span beams too, whereat the biggest span is
used. The contributively width bF of the floor is
calculated with Equation (2) and considers the transverse
distribution of the 1 kN load.
If needed, the national document allows to fall below the
design limit of the frequency in Table 4 but not lower
than f1,min = 4,5 Hz. When frequencies below the
recommended design limits are requested the additional
proof of the root mean square of the acceleration arms
must be made (design limits see Table 4). The root mean
square acceleration can be calculated with Equation (3)
using Equation (4).

arms =

0, 4  α  F0
2   M *

l
M * = m   bF
2

(3)

(4)

where arms = root mean square acceleration [m/s²],

α = Fourier coefficient depending on the natural

frequency α = e-0,4 f1, F0 = weight of a Person walking on
the floor (normally F0 =700 N) [N], ζ = modal damping
ratio [-] and M* = modal mass.

For the modal damping ratio the ON B 1995-1-1
proposes the values shown in Table 5. The damping
rations depend on the floor construction and imply an
present person on the floor.
Table 5: Modal damping ratios ζ of the ON B 1995-1-1

type of floor construction

floor without or with light floor construction
floor with floating screed
CLT floors without or with light floor
construction
timber joist floor and mechanically
connected board piles with floating screed
CLT floors with floating screed and heavy
floor construction
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THE USE OF CROSS LAMINATED TIMBER FOR LONG SPAN FLOORING
IN COMMERCIAL BUILDINGS
Kirsten Lewis, Bella Basaglia2 , Rijun Shrestha3 , Keith Crews 4
ABSTRACT: Long span timber floor solutions have demonstrated their potential to compete with concrete and steel
construction for multi-storey commercial buildings. Due to the high strength -to-weight ratio of timber, serviceable
vibration performance is a critical structural design issue for long spans. This project investigates the vibration
performance of cross laminated timber for long span floors in the Australian and New Zealand building sector.
Laboratory experiments and computer analysis are used to study the effect of the increased transverse stiffness, inherent
to a cross laminated timber, on the vibration performance of the floor. The effect of boundary conditions, connection
and support type, are investigated and quantified where possible. A timber joist floor with a plywood sheath is analysed
and tested to validate the methods used in this study.
KEYWORDS: Cross Laminated Timber, Vibration, Plate behaviour, Connections, Numerical analysis

1 INTRODUCTION

123

In Australia and New Zealand, the cost of multi-storey
building construction has remained high, primarily due
to the high price of steel, concrete and labour. A number
of national studies have indicated the potential for timber
to become a structural alternative, particularly for use in
mid-rise buildings [1-3]. This can be attributed to the
high level of prefabrication possible with timber
structures and its low density, both of which contribute
to reduced construction time, lower labour and
transportation requirements.
Steel and concrete construction allow for large scale
column grid floor plans desired for commercial and midrise residential buildings. Spans of at least 9m are
desired for parking spaces at basement level and open
floor office layout on the levels above. For timber to
compete with these conventional materials, it is essential
to span at least as far while retaining its edge as a lightweight, prefabricated building product. This study is part
of a larger project investigating long span timber floor
solutions for commercial buildings.

serviceable vibrations that cause annoyance to the
building occupants. In fact for spans over 4m, vibration
is commonly the critical design parameter for timber
floors and therefore is the focus of this study [4].
1.1 CROSS LAMINATED TIMB ER
Cross laminated timber (CLT) is now a well-established
structural building material in Europe for both single
dwelling residential and multi-storey buildings. There is
currently limited manufacturing capability in Australia
and New Zealand, with the sole CLT plant located in
New Zealand. However the method of fabrication of
CLT allows large dimensioned panels, whole wall and
floor panels, to be manufactured and transported
internationally with relative ease. Forte, a 10-storey CLT
building located in Melbourne, was constructed from
material shipped in from Austria. Despite the
transportation distance, the CLT building still displayed
an economic advantage compared with concrete and
steel construction.

Timber has a high strength-to-weight ratio, higher than
both steel and concrete, which means timber floors can
span further with reduced weight. Light-weight and long
span floors are, however, susceptible to levels of
1
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Figure 1: The arrangement of a CLT panel.
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A CLT panel is usually composed of an uneven number
of layers, generally 3 or 5 but sometimes more with each
layer orientated orthogonal to the adjacent layer, as
shown in Figure 1. The outer layers of a CLT floor are
generally orientated longitudinal to the primary load
path, to provide the required cross -sectional stiffness.
The layers orientated in the transverse direction to the
load path act as reinforcement to the panel. Th is
arrangement of layers in a CLT floor provides the panel
with a larger ratio of transverse-to-longitudinal stiffness
than joisted timber floors systems. This means similar to
a reinforced concrete slab, CLT is capable of spanning in
two directions.

2.1 CLT FLOOR PROPERTIES
The CLT floor is sourced from Xlam, which is currently
the only CLT manufacturer in Australia and New
Zealand, using locally supplied Radiata Pine and
Douglas Fir to produce their panels.
The floor is 5.9m in length with a clear span of 5.6m and
composed of three adjacent panels, each 2.25m in width
as shown in Figure 2. The panels have half lap
connections of 50 mm in depth to connect each panel
together. The total floor width is therefore 6.65m. The
cross section is made up of 5 layers of 35 mm thick
lumber.

Analytical methods to predict the vibration behaviour of
long span timber floors have been developed in Europe
and one method specific to CLT in Canada [5].These
methods provide calculations and limits for natural
frequency, unit deflection, velocity and acceleration of a
timber floor. In these methods, CLT is assumed to be a
1-dimensional linear element, which for standard cases
can be a valid assumption, however does not fully take
into account the two-way spanning nature of CLT. The
methods also do not account for the vibration
performance being highly sensitive to the load type and
boundary conditions. Previous studies have shown that
connection type (panel-to-panel and panel-to-supporting
element), and loading scenario have a significant effect
on the natural frequency and damping characteristics of
the floor [6]. Therefore, this study not only focuses on
finding long span timber floor solutions that satisfy
serviceable vibrations, but also provides boundary
condition values for the design analysis procedure.

2 METHODOLOGY
This paper investigates methods used to quantify the
vibration characteristics of timber floors. These can be
broken down into three methods:




Current vibration design guidelines.
Finite element analysis.
Experimental modal analysis.

Analytical methods that are used to design timber floors
are discussed and used to predict the vibration
performance of a CLT floor. These methods limit the
static deflection, natural frequency, velocity and
acceleration of the floor to ensure acceptable vibration
performance. A finite element (FE) study is then
employed to create a reasonable model to predict the
modal characteristics of the floor. This model is then
verified using experimental modal analysis. The purpose
of verifying and model updating the FE model is to
ensure accuracy and to enable parametric studies of the
CLT floor. The methodology is verified using a joisted
floor with a plywood sheath. The joisted plywood floor
has a high span-to-depth ratio and is light in weight.
Therefore the floor serves as a good verification of the
methodology as it simulates similar conditions of long
span floors with low natural frequencies and high
accelerations.

Figure 2: Cross-section of CLT floor plate (top). Plan of CLT
floor (bottom).

Due to the cross lamination of the panel the orthotropic
material properties of timber become more important
than with linear post and beam timber floor systems. The
elastic and shear modulus of the strong axis of the timber
(along the grain) along with the timber density are
supplied by the manufacturer. For the analytical methods
discussed in section 3, these values provide enough
information to estimate the floor vibration performance.
However, for the finite element model, properties in all
directions (X,Y & Z) are required. The values used in
this study are included in Table 1. These values are
based on the manufacturers’ guidelines if available and
otherwise taken from literature [7].
Table 1: Material properties of CLT.

Layer number
EX/ EY / EZ (GPa)
GXY / GYZ/ GXZ (GPa)
μXY / μYZ/ μXZ
ρ (kg/m3 )

1,5
8.0/ 0.64/ 0.8
4.0/ 0.4/ 4.0
0.3/0.45/0.35
460

2,3,4
6.0/ 0.48/ 0.6
4.0/ 0.4/ 4.0
0.3/0.45/0.35
460
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2.2 PLYWOOD FLOOR PROPERTIES
To verify the procedure of the study a timber joisted
floor is investigated. The floor (shown in Figure 3) is
composed of laminated veneer lumber (LVL) joists at
600 centres, compositely attached to 21 mm thick F11
plywood. A total of 4 joists, each 90 mm deep and 45
mm wide, span the floor. The floor is 4800 mm in length
with a clear span between supports of 4500 mm. Screws
at 125 mm spacing connect the timber joist to the
plywood floor.

Figure 3: Cross-section of plywood joisted floor.

The elastic modulus, Poisson’s ratio and density of the
timber are taken from the manufacturer’s specifications
and are shown in Table 2. Both the LVL and the
plywood are orthotropic materials. However since the
floor system is one-way spanning and arranged linearly,
for simplicity the material properties are treated as
isotropic.
Table 2: Material properties of plywood joisted floor.

Material
LVL
Plywood

Ex
(GPa)
13.2
10.5

μXY
0.3
0.3

ρ
(kg/m3 )
650
690

3 VIBRATION DESIGN GUIDELINES
To provide vibration design criteria to structural
designers there has been a significant amount of
international research on design guidelines that require
little to no advanced computing methods. The current
vibration design guidelines from Australian timber
standards and codes are limited. The standard for
Structural Design Actions [8], provides a static unit
deflection limit of 1-2 mm under a mid-span unit point
load. Specifically for timber structures the standard
draws attention to the fact that “deflection limits do not
necessarily ensure satisfactory dynamic performance”,
however no other guidelines are given [9]. Reference is
made to AS 2670 [10] which provides acceptability
limits in the form of root mean square (RMS)
accelerations, however this does not provide a method to
calculate the vibration performance of the floor.
Therefore this paper looks at methods that have been
developed in other regions of the world, specifically
Europe and North America. These methods provide
calculations and limits for one or more of the following
floor properties; natural frequency, deflection, velocity
and acceleration. Limits for frequency are based on
avoiding resonance with the 1st harmonic of walking
frequency (around 1.5 – 2.5 Hz) plus subsequent
harmonics. A method provided by Eurocode 5 limits the

frequency to a minimum of 8Hz [11]. This is due to a
study of more than 100 problematic floors that were
found to have a fundamental frequency range of 5-8 Hz
[12]. However, further studies by Hamm et al. [13] on
floors of 50 existing buildings found some floors with
natural frequencies over 8 Hz, particularly the lighter
floors, did not satisfy acceptable vibrations while a
number of floors with natural frequencies between 5-8
Hz had acceptable vibration performance. The study
concluded that the stiffness and the acceleration of the
floor were also important parameters and provided an
extension to the Eurocode 5 method that allowed floor
natural frequencies below 8 Hz for heavier floors.
Another method developed for the UK Timber Research
and Development Association, provides vibration design
for joisted timber floors and is reported to be widely
employed in Australia and New Zealand [14]. It also
limits floor frequency to 8Hz under dead load only and
provides a limit of 0.45 m/s 2 to the RMS acceleration
caused by a human with a mass of 70 kg performing a
heel drop [15].
There have been a number of reviews of these various
design guidelines and methods developed internationally
[14]. Therefore this paper considers only the static unit
deflection suggested by Australian code and compares it
with the more comprehensive method provided by
Eurocode 5.
3.1 STATIC DEFLECTION LIMIT
Both floors are assessed with a simple static unit load
deflection limit of 1-2 mm given by:
(1)
where Δ = deflection, l = floor length and EIeff = the
effective stiffness of the floor.
For a joisted floor with no composite action between the
sheathing and joist, the effective stiffness (EIeff) can
simply be calculated using the properties of the joist
only. However the plywood floor in this study is
compositely connected to the joist with screws at 125
mm centres and therefore the contributing effective
width (b eff) of the floor cross-section, contributes to the
floors stiffness.
The effective stiffness (EIeff) for both the CLT floor and
the plywood floor is calculated using Equation (2), by
multiplying the longitudinal stiffness for a 1 m cross
section of floor (EIl ), with an effective width factor b eff.
The effective width given by Equation (3) is a ratio of
the 4th root of the floors transverse stiffness (EIt ) to its
longitudinal stiffness (EIl ) [16].
(2)
√

(3)
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A value for damping, is specified by the code as equal to
ζ = 1%. For light weight timber floors the first mode of
vibration of damping is generally around 2%, however
when considering higher modes, the damping can be as
low as 0.8% and therefore the low damping value of 1%
is acceptable to use [17]. The results in Table 4 show
that the velocity of the plywood floor is above the
allowable limit while the CLT provides an acceptable
floor design.

The CLT floor deflected by 0.41mm while the
plywood joisted floor deflected 4.05mm as shown in
Table 3. A strict limit of 1mm allowable deflection
was applied to both floors to reflect the more
stringent criteria of commercial buildings. The CLT
floor passed the criteria, while the plywood floor
deflected more than 4 times the limit.
Table 3: Results of floor deflection under a static unit
point load.

Floor type:
(mm)
(mm)

CLT

Plywood

0.41

4.05

1

1

Table 4: Results of floor fundamental frequency and velocity
using the vibration design method provided by Eurocode 5.

Floor type:
(Hz)
(Hz)

3.2 EUROCODE 5

2

(m/Ns )

Eurocode 5 provides acceptable vibration design
guidelines for residential timber floors [11]. The code
provides equations and limits for the static deflection,
fundamental frequency and velocity of the floor. The
static deflection is calculated much the same as Equation
(1) however Eurocode provides limits between 1 – 4 mm
depending on the design “stringency”. For commercial
floors a high stringency is required, therefore the results
of Table 3 satisfy the deflection criteria for these floors.
The fundamental frequency of the floor is calculated
using the Equation 4, below:
(4)

√

where f1 = fundamental frequency, l = floor length, EIl =
longitudinal stiffness and m = static mass per unit floor
area (kg/m2 ).
The natural frequency of the timber floor is limited to a
minimum of 8 Hz, to avoid vibrations caused by
resonance. Eurocode states that frequencies of 8 Hz can
be acceptable with a “special investigation” required,
however, it does not provide guidelines for this
investigation. Both the CLT and plywood floor satisfy
the frequency limit with fundamental frequencies of
9.05Hz and 9.32Hz respectively (Table 4).
The velocity (v) due to an impulse of 1Ns is calculated
using Equation (5), where b is the transverse width of the
floor, β is a parameter provided by the code that defines
the level of velocity tolerable by human occupants and ζ
is the floor damping. The value for β is taken from the
code and is equal to 120 for a floor with high stringency.

(m/Ns 2 )

CLT

Plywood

9.05

9.32

8

8

3.24

19.46

12.85

13.02

4 FINITE ELEMENT ANALYSIS
The cross laminated timber (CLT) floor and the joisted
plywood floor are analysed using finite element analysis
(FEA) software ANSYS Mechanical APDL 16.0. A
sensitivity study is conducted on both floors . The first 5
mode shapes and frequencies are predicted.
4.1 CLT FLOOR
The CLT floor is modelled using SHELL181 laminate
elements which are suitable for analysing moderatelythick shell structures. These are four node elements with
6 degrees of freedom at each node as shown in Figure 4.
Each laminate represents an individual layer of the CLT
panel, the arrangement of the layers is shown in Figure
5. Shell laminate elements provide a computationally
efficient and accurate method to model the changing
grain direction of the CLT panels.
The floor has been analysed with two different support
conditions; two opposite edges supported (one-way
span) and with all four edges supported (two-way span).
The purpose of changing support condition is to activate
the transverse stiffness of the CLT panel and to
understand which material properties and boundary
conditions govern the vibration performance of the floor.

(5)
The number of first order modes (n 40 ) with natural
frequencies up to 40 Hz is used to calculate the velocity:
{(( )

)( )

}

(6)

Figure 4: The geometric properties and local axis reference of
SHELL181 elements [18].
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Figure 5: The laminate orientation of the CLT floor plate.

The boundary conditions of the CLT slab have to be
carefully considered. There are a number of methods to
connect CLT floor plates to the supporting structure
(beam or wall element) [19]. These include a single
screw connection as shown in Figure 6, a double screw
connection, a ledger support and the use of a T-plate or
threaded rod. To simplify and accurately capture the
support condition a MATRIX27 element was selected.
This element represents an arbitrary element with
undefined geometry and is specified by its stiffness,
damping and mass coefficients. Therefore the element
allows the connection to be specified by its values of
stiffness without modelling the complexity of its
geometry. The half-lap connection is modelled using the
same technique. For the preliminary model only the
translational stiffness of each connection is activated as
there is unlikely to be any rotational capacity in a simple
screwed connection.

connection. For the material properties specified by the
manufacturer, the model was iterated between +/- 20%
and the results recorded in Table 6. The results report the
percentage change of the frequencies of the first 5 modes
when the property is varied. Only the shear and elastic
modulus are reported as the Poisson’s ratio had no
significant effect on the results. The results show that the
elastic modulus of the transverse layers (layer numbers
2,4) of the one-way spanning CLT have no significant
effect on the model with a 0.1-0.3% change in results.
This implies that a lower quality of timber can be utilised
for the middle layers. However attention should be given
to what is known as the rolling shear modulus (GYZ,T) of
these layers. While the elastic modulus causes little
effect on results, the rolling shear reports a 2.0 – 6.1%
change in results. The rolling shear is based on a number
of factors including the quality of the material.
Table 5: Mode shapes of one-way and two-way spanning CLT
floors.

Mode

One-way

Two-way

9.0

9.7

9.6

12.0

11.8

32.1

14.2

32.5

31.4

34.3

1

f1 (Hz)
2

f2 (Hz)
3

f3 (Hz)
Figure 6: Example of support condition of CLT floor plate.

The first 5 natural frequencies and mode shapes are
shown in Table 5. Despite the increased stiffness of the
two-way floor due to the additional supports, there is less
than a 1Hz difference between the fundamental
frequency of the one-way and two-way slab. This is due
to no rotational continuity between the half-lap
connections, which decreases the influence of the edge
supports on the middle panel. However, the benefit of
the extra stiffness of the two-way slab is demonstrated in
the separation of the lower modes. Closer modes can
have a negative effect on vibrational response since they
interact to produce motions with relatively high
amplitudes [20]. The increased transverse stiffness of the
two-way floor increases the modal separation and
therefore is likely to improve the dynamic performance.
A sensitivity study was conducted on the elastic
modulus, shear modulus, Poisson’s ratio and the stiffness
of both the support connection and the half-lap

4

f4 (Hz)
5

f5 (Hz)

For the two-way floor, the elastic modulus along the
grain (EX,T) of the transverse layers causes a larger
sensitivity towards results than for the one-way floor.
The two-way sensitivity of EX,T is 0-5.3% while for the
one-way floor it is 0.1-0.2%. The other material property
that is also activated in the two-way floor is the elastic
modulus orthogonal to the grain direction (EY,L ) in the
longitudinal layers (number 1,3,5). This property affects
the results by 0.1 – 3.8%. This result, however, assumes
edge gluing between individual board layers to achieve
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the cross grain continuity. This is not commonly the case
with manufacturing CLT panels and so it is unlikely this
material property will be activated. This is dealt with by
lowering the value for modelling purposes.
Table 6: Sensitivity study on the material properties of the oneway spanning and two-way spanning CLT floor.

Component

Direction
EX,L

Effect %
One-way
6-19.4

Effect %
Two-way
4.9-15.9

Longitudinal
layers (1,3,5)
Modulus of
elasticity
Longitudinal
layers (1,3,5)
Shear
modulus
Transverse
layers (2,4)
Modulus of
elasticity
Transverse
layers (2,4)
Shear
modulus

EY,L

0.1-0.3

0.1-3.8

EZ,L

No effect

No effect

GXY,L

0-9

0.6-6.4

GYZ,L

No effect

No effect

GXZ,L

0.1-0.2

0-0.2

EX,T

0.1-0.2

0-5.3

EY,T

0.1-0.3

0.1-0.2

EZ,T

No effect

No effect

GXY,T

0-1.8

0.1-1.3

GYZ,T

2.0-6.1

2.3-6.2

GXZ,T

0.1-0.3

0.1-0.4

The results of a sensitivity study on the rotational and
translation stiffness provided by the connections in the
FE model are included in Table 7. Only the values that
had an effect on the model results are included. All other
properties made little to no change to the results when
varied. For both connection types (the support
connection and the half-lap) the only stiffness properties
that had an effect on the results are the translational
stiffness in the vertical direction (KY ) and the rotational
stiffness that causes each connection to go from zero
fixity to fully rotationally fixed (KRX for the support
connection and KRZ for the half-lap connection). The
results in Table 7 show that it would be beneficial to
experimentally determine the pull-out and rotational
stiffness of the connection as they cause a significant
change to the results (0.1 – 60%). A single screw is
unlikely to provide any rotational stiffness, however
results indicate that an increase in rotational stiffness
provides a large change in results, up to 60%, and
therefore it is worth investigating using additional
screws or alternative connection arrangements to
improve the rigidity of the connection.
Table 7: Sensitivity study on the connection stiffness of the oneway spanning and two-way spanning CLT floor.

Component

One-way

Two-way

Support KX

Small effect

Small effect

Support KY

Effect: 3.2-11%

Effect: 1.2-3.7%

Support KZ

Small effect

Small effect

Support KRX

Effect: 14 - 60%

Effect: 7 - 53%

Half-lap KY

Small effect

Small effect

Half-lap KRZ

Effect: 15 - 60%

Effect: 0.1 - 42%

4.2 PLYWOOD FLOOR
A timber joisted floor with plywood sheathing has been
analysed using FEA and experimental modal analysis to
verify the methodology for the CLT floor plate. The
plywood floor is modelled in ANSYS 16.0 as
SHELL181 elements for both the LVL joists and the
plywood sheath. The joists are connected to the plywood
with screws at 125 mm centres. These connection points
are modelled using MATRIX27 elements with
translational stiffness active but no rotational stiffness.
The support connections of the joists were specially
manufactured to represent an idealised pin as shown in
Figure 7. The preliminary FE model is built to represent
the pin-pin support condition, which can be idealised as
the beam in Figure 8. The idealised model assumes there
is no translational movement in the connection, but
rotation is allowed. However supports rarely behave as
perfect pins or perfect rigid joints. Therefore an
advanced model was also built that contains MATRIX27
elements at the supports to account for any variations in
rotational and translational stiffness. The purpose of the
advanced model is to allow for the degrees of freedom
inherent in the actual floor system. The advanced model
can be represented diagrammatically as shown in Figure
8.

Figure 7: Photo of the pin support of the ribbed deck floor.

The first 5 mode shapes and the natural frequencies of
the plywood floor are recorded in Table 8. The first two
modes have only a 0.3 Hz difference and represent the 1st
flexural mode and the 1st torsional mode. The FE model
calculated a fundamental frequency (f1 ) 1.7 times the
value calculated by analytical methods in section 3.2
with a fundamental frequency of 9.32Hz. This is due to
the pin-pin assumption of the preliminary FE model
compared with the simply supported assumption of the
analytical methods.

Figure 8: Preliminary model of the plywood deck floor (top),
advanced model which represents the actual system (lower).
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Table 8: Frequency and mode shapes for the first 5 vibration
modes of the plywood floor using FEA.

Frequency

Mode Shape

f1 = 15.9 Hz

f2 = 16.2 Hz

Figure 9: Floor plan of plywood experimental modal analysis
setup.

Table 9: Frequency and mode shapes for the first 5 vibration
modes of the plywood floor from experimental results.

Frequency
f3 = 24.1 Hz
f1 = 9.5 Hz

f4 = 34.1 Hz
f2 = 10.2 Hz

f5 = 40.8 Hz

f3 = 19.0 Hz

5 EXPERIMENTAL MODAL ANALYSIS
Experimental modal analysis was conducted on the
plywood joist floor. This study reports on the mode
shapes and natural frequencies of the structure and
compares them with the numerical model in the previous
section.
An impact hammer with a tip stiffness that results in
exciting the lower spectrum of frequencies of the floor
was used to impart an impulse excitation force. The
sampling frequency was taken as 1 kHz for a time frame
of 20 seconds. The floor was excited in 2 different
locations as shown in Figure 9; location 1 was selected
to excite more modes simultaneously while location 2
caused excitation of predominately the flexural modes.
Each location was hit 30 times and the resulting signals
averaged. Twelve accelerometer locations were selected
to capture at least the first 5 modes of vibration of the
floor. The experimental set up with the impact hammer
is shown in Figure 10.

f4 = 28.9 Hz

f5 = 35.8 Hz

Mode Shape
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frequency relative error (Eq. 8) compares the percentage
difference between the natural frequencies of the
experimental data and the FE model. This study
compares the error of the first 5 vibration modes to
validate the of the FE model results .

NFERROR 
Figure 10: Photo of the experimental arrangement with the 12
sensors and impact hammer.

The time domain data is converted to the frequency
domain using a Fast Fourier Transform (FFT). To
account for any distortion or leakage in the data an
exponential window is applied to the FFT. The
frequency response function (FRF) which is a ratio of
the FFT of the response and the excitation force was
calculated to determine the natural frequencies of the
floor. Operational modal analysis software, DIAMOND,
is used to extract the mode shapes, mode shape vectors
and natural frequencies of the floor, which are shown in
Table 9.

6 MODEL UPDATING
Using the experimental modal data obtained from the
laboratory experiments on the plywood joist floor, the
FE model for the floor is updated. The accuracy of the
FE model without experimental results to validate the
model is limited. The FE model is reliant on a number of
degrees of freedom including the support conditions and
the material properties. An incorrect assumption in the
model can cause results that differ widely from the
actual performance of the floor. Experimental testing is
essential to validate and update the FE model.
Proceeding model updating the model then provides a
powerful tool to perform a parametric study that predicts
the performance of longer spans of the floor.
It is clear from simple visualisation that the first 5 modes
of the experimental data (Table 9) are the same mode
shapes as the numerical analysis (Table 8). To quantify
the correlation between the mode shapes the modal
assurance criteria (MAC) is used [21]. The MAC
criterion provides a measure of the least-squares
deviation of the mode vector points from a straight-line
correlation. The MAC value is recorded as a MACERROR
(Eq. 7) which gives a percentage error between the mode
shapes. A value of close to 0% means good correlation
between shapes.

MAC ERROR



 1 




   

.100
      
FEA

T

EXP

T

EXP

 Exp

100

(8)

Comparison between the preliminary FE model and the
experimental results reveal that the mode shape vectors
match well, with MACERROR values between 3 - 7% as
shown in Table 10. The errors between frequencies ,
however, differ between 12 – 40.1% indicating that the
model has one or more degrees of freedom either at the
support conditions or the material properties that require
investigation. These properties were varied between +/20% using iterative methods in the FE model. The
standard deviation between the numerical results and the
experimental results reveal that the system is not
behaving as an idealised pin-pin beam. The structure is
instead behaving similar to a simply supported beam (pin
– roller) or in this case a roller support with a translation
stiffness (Kz) activated (Figure 8). This is due to the
joists being located 100 mm above the pivot point of the
connection, allowing some translational movement
between the joists and the pin support. The value of the
translational stiffness (Kz) from model updating was
found to be 9.41 x 105 N/m. As this stiffness increases to
1 x 109 N/m the results converge on the pin-pin model.
Table 10: Comparison of experimental results and preliminary
FE model results.

Mode
1
2
3
4
5

fEXP
(Hz)
9.5
10.2
19.0
28.9
35.8

fFEA
(Hz)
15.9
16.2
24.1
34.1
40.8

NFERROR
%
40.1
36.9
21.0
14.4
12.0

MACERROR
%
5
7
4
4
3

Following model updating the results of the advanced FE
model are compared with the experimental results in
Table 11. The error in the natural frequencies (NFERROR)
has reduced from 12 – 40.1 % to 0.5 – 3.5% indicating
the updated model has a good fit of results to the
experimental results. There is no significant change in
the value of the MACERROR, with a slight increase from
5% to 6% in the 1st mode and a slight decrease from 4%
to 2% in the 3rd mode.

2

T

EXP

 Exp   FE

FEA

FEA

(7)



While the MAC value provides an assessment of how
well the geometric properties of the FE model replicate
the real situation, the value is not dependent on the
magnitude of the mode shape vector and therefore an
additional assessment is required [22]. The natural

Table 11: Comparison of experimental results and advanced
FE model results.

Mode
1
2
3
4
5

fEXP
(Hz)
9.5
10.2
19.0
28.9
35.8

fFEA
(Hz)
9.3
10.1
18.9
28.5
34.6

NFERROR
%
2.2
1.0
0.5
1.4
3.5

MACERROR
%
6
7
2
4
3
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7 CONCLUSIONS
Cross laminated timber has demonstrated its potential for
use in Australia and New Zealand mid-rise buildings.
Serviceable vibration design is a key issue for the use of
CLT and other timber floors with long spans. Three
methods for calculating the vibration characteristics of
long span timber floors have been discussed in this
paper. These include analytical methods, finite element
analysis and experimental modal analysis.
Australian codes and standards currently provide limited
and ambiguous design guidelines for vibration
performance. Internationally, a significant amount of
research has been conducted to improve vibration design
guidelines and implement them into codes. These
provide more comprehensive analytical methods that can
be adapted for local use.
Finite element (FE) modelling provides a powerful
computational tool to predict and analyse the vibration
performance of long span timber floors. Sensitivity
studies on finite element models indicate that increasing
the rotational stiffness of both the support connection
and the panel-to-panel connection provides CLT with up
to a 60% increase in natural frequencies. This is
independent on whether the CLT floor plate is supported
on two edges (one-way span) or four edges (two-way
span).
Experimental modal analysis was conducted on a joisted
floor with a plywood sheathing to verify the
computational methods used in this study. Using model
updating techniques the FE model was able to replicate
the modal properties determined from the experimental
testing. This procedure enables a parametric study to be
conducted in future, to predict the vibration behaviour of
the floor with longer spans.
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LONG-TERM OUT-OF-PLANE TESTING OF TIMBER FLOORS
STRENGTHENED WITH INNOVATIVE TIMBER-TO-TIMBER
SOLUTIONS
Ivan Giongo1, Gianni Schiro2, Maurizio Piazza3, Roberto Tomasi4
ABSTRACT: The outcome of an experimental campaign on the long-term behaviour of timber floors retrofitted with
timber-to-timber composite methods is presented. Four diaphragm specimens, 5.2 m long (5 m span) were tested out-ofplane. Each specimen consisted of a solid wood-spruce joist strengthened with a crosslam panel. A layer of timber boards
was placed in between the joist and the panel to simulate the existing flooring. The specimens, were subjected to uniformly
distributed loading in a climatic controlled chamber. A patented procedure that enables to apply a pre-stressed state and
a pre-camber to the composite floor joists by just using screw fasteners, was adopted. Different typologies and
arrangements of screws were tested in order to maximize the performance (cost/effectiveness) that can be achieved by
employing the above mentioned procedure. Uplift values of approximately 1/300th of the diaphragm span were registered
at the end of the cambering procedure. After an initial testing phase (duration approximately equal to 3h) where the
loading was consistent with the characteristic combination, the specimens were set for long-term testing under an imposed
load equal to that specified by the quasi-permanent combination.
KEYWORDS: Composite timber floors, long-term behaviour, pre-stressed timber diaphragms, wood beam cambering

1 INTRODUCTION 123
The possibility of cambering a timber beam by simply
placing another beam element on top of it and inserting
screws inclined at 45° relative to the beam axis was
already investigated by the authors in [1]. It has been
showed that a sequential insertion of the connectors
(Figure 1), by exploiting the pressure developed by each
screw, permits to obtain a pre-stressed composite beam
with an upward camber [7]. In order to determine the
actual applicability of the aforementioned cambering/prestressing (CP) procedure, the rheological behaviour needs
to be studied. To this purpose, four experimental tests on
the long-term behaviour of timber-to-timber composite
(TTC) floors were performed in the climatic chamber of
the Department of Civil, Environmental and Mechanical
Engineering (DICAM) of the University of Trento (Italy).
The environmental parameters T and R.H. (temperature
and relative humidity respectively) were kept constant
during the whole test period. In particular, a temperature
of 20° C and a relative humidity of 60% were set in order
to guarantee a service class 1, in accordance with
Eurocode 5 [6] (“moisture content in the materials
corresponding to a temperature of 20°C and the relative
humidity of the surrounding air only exceeding 65 % for
a few weeks per year”).

1 Ivan Giongo, University of Trento, Italy,
ivan.giongo@unitn.it
2
Gianni Schiro, University of Trento, Italy,
gianni.schiro@unitn.it

531

246

Figure 1: Cambering procedure

2 TEST CONFIGURATIONS
The specimen geometry reproduces a floor module 0.5 m
wide as visible in Figure 2. The span choice (5 m) was
determined by the physical constraint of the climatic
chamber (6.5 m × 3.6 m, length × width). The joist cross
section was selected to simulate an existing floor that did
not comply with the current Standard and therefore
needed to be strengthened. When refurbishing timber
diaphragms in traditional masonry buildings, the choice
of the strengthening solution is often influenced by the
needs that the level of the finished surface after the
intervention is still compatible with the existing openings.
Hence the thickness of the reinforcing panels adopted in
the experimental campaign corresponds to the minimum
available on the market for CLT panels (57 mm). Such
solution, when checked in accordance with the γ-method
contained in the B Annex of Eurocode 5 [5], meets the
safety requirements as far as the Ultimate Limit State is
concerned (for details on the design loads please see Table
3 Maurizio Piazza, University of Trento, Italy,
maurizio.piazza@unitn.it
4
Roberto Tomasi, Norwegian University of Life Sciences,
Norway, roberto.tomasi@nmbu.co
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5) but exceeds the deformability limit under serviceability
conditions. The adoption of the CP procedure could
therefore be greatly beneficial, provided that its long-term
effectiveness is proved.

Numerical model: nonlinear staged construction [4]:
Linear elastic
frame

Inextensible
rod

Figure 2: Timber-to-timber composite floor

Four different screw configurations were addressed by the
experimental campaign. For the first two tests, a constant
screw spacing (150 mm) was adopted (Figure 3). In
particular, double threaded (DT) screws 8.2 x 190 mm
([2]) were used for test T1, while single threaded (ST)
screws 10 x 200 mm ([3]) were used for test T2. For the
T2 configuration, grooves were cut to ensure adequate
contact surfaces to the washers (W) employed to increase
the contact area (Figure 6b).

Deformable
rod

Linear elastic
frame

Figure 4: Numerical model schematization

As a result, T3 configuration was realized using the same
number of DT screws as for T1 but with a halved spacing
in the central half span (Figure 5). T4 configuration differs
from T3 for the use of ST screws in the central part of the
beam instead of the DT connectors (Figure 5). In Table 1
the modulus of elasticity (MoE) measured for each timber
element is reported.

Figure 3: T1 – T2 screw configurations

The influence of variable screw spacings was studied by
means of a numerical model realized as described in [1]
(Figure 4). Linear elastic frame elements simulate the
timber components, while the connectors were
schematized with couples of deformable rods placed in a
crossed disposition. The axial stiffness of each rod is
equal to the connector stiffness (two rows of screws were
inserted, Figure 6). Vertical inextensible rods were
introduced in order to maintain the distance between the
frame elements unaltered during the analysis
(deformation orthogonal to the grain is neglected). The
“temporal sequentiality” of the CP procedure was
obtained by turning to the nonlinear staged construction
of SAP2000 ([4]) and defining a different analysis step for
each location where the screws were driven in. It was
observed that for any given total number of connectors, a
reduction in the central screw spacing should produce an
increase in the camber.

Figure 5: T3 – T4 screw configurations
Table 1: Timber element MoE

T1

T2

T3

T4

Epannel

[MPa]

14224

11813

11803

11520

Ejoist

[MPa]

8774

11366

8591

10284

a)

b)

Figure 6: a) double threaded screws, b) single threaded screws
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3 CONNECTION TESTING
10 pushout tests were performed to investigate the
mechanical behaviour of the connection systems (Figure
7). The screw configurations reproduced the two
arrangements selected for the floor specimens (Figure 8).
Timber boards were inserted between the central
solidwood element and the lateral CLT elements to
simulate the existing flooring. The load, introduced by a
universal testing machine was monitored with a 100 kN
load cell. Two inductive transducers (LVDTs) were
employed to measure the relative displacements between
the timber components.

F [kN]

residual capacity approximately equal to 50% of the peak
strength (slip > 40 mm).
14
A1
A2
A3
A4
A5

DT 8.2x190 |45°|2+2

12
10
8
6
4
2
0

0

5

10

15

20

25

30

35

40

45

50

d [mm]

F [kN]

Figure 9: Pushout A test results

a)

b)

14

B1
B2
B3
B4
B5

12
10
8

Figure 7: Pushout tests; a) testing setup, b) specimen close-up

6
4
2
0

ST 10x200 |45°|W|2+2
0

5

10

15

20

25

30

35

40

45

50

d [mm]

Figure 10: Pushout B test results

Table 2: Pushout test results

Figure 8: Pushout test configurations

3.1 RESULTS
Figure 9 and Figure 10 give the results of the pushout tests
in terms of force on the connector Vs. slip at the interface.
ST screws exhibited an initial stiffness 30% smaller than
that registered for the DT screws but a maximum capacity
30% higher. It is worth noting that the thread size of the
ST screws is approximately 25% larger than the thread
size of the DT screws. A brittle failure mode related to
the thread pullout, was observed for the DT screws. For
the ST screws, the thread pullout was preceded by a
moderate embedment of the washer that resulted in an
almost “pseudo-ductile” response, with significant

A
B
DT 8.2x190 |45°| ST 10x200 |45°|W|
Fmax [kN]
9.4
12.4
CoV
6%
8%
7917
5636
Ks [N/mm]
26%
13%
CoV
Pushout test:

The mean experimental values for stiffness and strength
provided in Table 2, were determined in accordance with
EN 26891 [5]. Fmax is the maximum load (one screw)
registered during the test or the load corresponding to a
displacement level of 15 mm; Ks is the secant stiffness of
the connection; CoV is the coefficient of variation.
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4 TEST ON TTC FLOORS
The experimental work was comprised of five testing
phases:
1. Cambering of the specimen by inserting the
screw connectors as specified by the CP
procedure;
2. Loading of the specimen (characteristic
combination);
3. Unloading of the specimen and measure of the
instantaneous elastic regain;
4. Re-loading of the specimen (quasi-permanent
combination);
5. Long term monitoring of midspan deflection and
interface slips;
Table 3 provides the camber values registered at the end
of phase 1. All the specimens exhibited a significant
uplift. The midspan deflection values were comparable
(but in the opposite direction) with the deformation
corresponding to the serviceability limit state (L/300). T2
showed the best performance, thanks to the higher
pressure developed by the ST screws coupled with
washers (see [8] for insight about the compression force
generated by different screw connectors). By comparing
the uplift values from T3 and T1, a 7.4% camber increase
can be noted. The substitution of the central DT screws
with ST screws (T4) produced a further 11% of
improvement.
Table 3: Cambering procedure: uplift values

midspan uplift [mm]

Test
T1
T2
T3
T4

[mm]
-13.5
-19.1
-14.5
-16.1

L = span
L/370
L/262
L/345
L/310

n

wL / 2 = ∑ Δwi,L/ 2 =
i=1

nTa  n  2 - α ( L - 2si ) sinh(α si )  
∑
 - 1
2ncosh(α si )
α 2EJ0  i=1 
 

(1)

where:
wL/2 is the camber value at the midspan;
n
is the number of screw locations measured from the
midspan to the support (e.g. in Figure 5: n = 16);
T
is the horizontal projection of the compression force
developed by a single fastener (or by a couple in case
of two screws per location);
s
is the screw spacing;
L
is the beam span;
EJ0 is the flexural stiffness of the composite beam with
no mechanical connections;
α = [(kc EJ∞)/( EJ0 EA0)] 0.5;
EJ∞ is the flexural stiffness of the ideal composite beam;
EA0 = (∑1/EAj)-1;
EAj is the axial stiffness of the j-th element.
The good correlation between the experimental,
numerical and analytical data shown in Figure 11 for test
T2, was also registered for the other configurations (the
analytical formulation assumes a uniform connection
stiffness and consequently cannot be applied to tests T3
and T4 where the spacing is variable), as can be
appreciated from Table 4 where the comparison regards
the final midspan uplift.
Table 4: Expected uplift (midspan) at the end of the CP
procedure [mm]

Test
T1
T2
T3
T4

-20
-18

compared to the prediction obtained from the numerical
model (dashed blue line) and the prediction provided by
the analytical formulation (dashed red line) described by
equation 1.

T2 Test

-16

Experim.
-13.5
-19.1
-14.5
-16.1

Numerical
-12.4 (-8.4%)
-17.1 (-10.7%)
-12.2 (-15.6%)
-13.6 (-15.4%)

Analytical
-14.4 (+6.6%)
-19.4 (+1.2%)
-

-14
-12
-10
-8
-6

Experimental

-4

Numerical model

-2

Analytical model

0

0 4 8 12 16 20 24 28 32 36 40 44 48 52 56 60 64

N° screws

Figure 11: T2 test - Camber evolution (experimental Vs.
numerical prediction Vs. analytical prediction)

The development of the camber as the insertion of the
screws proceeds, is reported in Figure 11 for T2 test. The
experimental camber at the midspan (solid black line) is

Figures 12 and 13 show the contribution to the final
camber generated by the screws inserted at the same
location. Each tick on the X axis corresponds a different
location along the beam axis, starting from the midspan.
The progressive numbers next to the axis marks represent
the total number of screws inserted before moving to the
next location. The numbering takes into account the
structure symmetry (e.g. the 2 + 2 fasteners inserted at 150
mm from the midspan are responsible for approximately
2% of final T2 camber, Figure 12). It can be seen that the
screw effectiveness is maximum in those locations away
from the beam centre and the supports.
Once the assembly was completed (phase 1), each
specimen was loaded with a number of sandbags
reproducing the uniform load distribution as per the
characteristic combination (phase 2, Figure 14, Table 5).

Table 5: Load summary

Load combination: Characteristic
Gk
[kN/m2]
3.43
Qk
[kN/m2]
2
Total load [kN/m2]
5.43

Quasi-permanent
3.43
1.2
4.63

∆w [%]
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16%
14%

T4 Test

12%
10%
8%
6%

To facilitate the specimen loading, the sandbags were 25
kg each. In order to avoid weight variation because of
moisture absorption, the bag tightness was carefully
checked before commencing the loading phase. When
needed the seal was secured with waterproof duct tape.
All the specimens exhibited an instantaneous midspan
deflection well below the L/400 limit (Table 6).

4%
2%
0%

Experimental
Numerical model
0 4 8 12 16 20 24 28 32 36 40 44 48 52 56 60 64

N° screws

Figure 13: T4 test - Camber evolution (experimental Vs.
numerical prediction)

Table 6: Midspan deflection (characteristic load combination)

w [mm]

T1
5.58

T2
-3.95

T3
5.22

T4
0.74

∆w [%]

T2 test showed a residual camber of 3.95 mm even after
the application of the characteristic load. Subsequent to
the specimen unloading (phase 3) and the elastic regain of
the camber (no significant residual deformations were
registered), the specimens were loaded with the quasipermanent load (phase 4, Figure 17) and set for long-term
monitoring (phase 5). After a two week period the
inductive transducers (LVDTs) and string potentiometers
were replaced with analog instruments (Figure 18).
12%

Figure 14: Characteristic load combination – T3 close up

T2 Test

10%
8%
6%
4%
2%
0%

Experimental
Numerical model
Analytical model
0 4 8 12 16 20 24 28 32 36 40 44 48 52 56 60 64

N° screws

Figure 12: T2 test - Camber evolution (experimental Vs.
numerical and analytical predictions)

T1 test was started approximately three months before the
other specimens were assembled resulting in a monitored
period of over 9 months. The campaign is still ongoing
and the data collection will continue for at least 15
months.
A brief discussion about the efficiency of the compound
system is due. The experimental flexural stiffness derived
by using the data from phase 2 was compared to the
stiffness of the two limit case scenarios: ideal composite
section where the interface slip is prevented and
composite section with no interaction between the two
timber elements (no mechanical connection). In order to
facilitate the comparison, the experimental stiffness was
determined by referring to the variation of the midspan
deflection from phase 1 to phase 2, thus removing the
camber uplift from the comparison.
All the tested sections showed a behaviour similar to ideal
structures with an efficiency (η) close to the unity. As an
example see Figure 15 where such comparison is made for
test T2 (single threaded screws at 45° to the beam axis).
Similar observations have been reported by [9] for various
connection arrangements and different screw types
(inclined double threaded / all threaded screws, single
threaded screws at 90° to the beam axis).
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beam” boundary conditions. Steel plates were fixed to the
joists to distribute the contact stresses and avoid local
crushing of the wood fibers.

Mmax [kNm]

10
8

η=1

6

EJexp

η=0

EJ∞

EJ0
L /400

4

Incollaggio
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section
Exp. with camber
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monta
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Con monta
Experimental

2
0

No
connections
Travi
parallelo
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Figure 15: T2 test – Flexural stiffness of the compound system

w [mm]

In Figure 16, the variation of the midspan displacement
(w) during the various testing phases up to one week after
the application of the permanent loading is reported for
T2. Figure 19 gives the deformation development up to
the present date for all the tests. In the same graph, the
variation of the relative humidity (RH) is also reported. A
malfunctioning of the control system regulating the
humidifier was experienced at days 198-199. During that
period the relative humidity decreased to approximately
30 % before the system rebooted and could restore the
normal 60 % (±5 %) This meant a remarkable, almost
instantaneous, deformation increase for all the specimens
except for T1 (Figure 19) that besides a momentary
settling, appeared to be unaffected by the temporary
humidity variation. It is worth noting that despite the
effects of the aforementioned malfunctioning, all the
specimens largely satisfy the most restrictive requisites
by Eurocode 5 [6] in terms of final deflection (wfin,net <
L/350 ≈ 14 mm ).
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T2 Testing Procedure:
0-Start time
1-Cambering procedure
2-Characteristic load
3-Unloading
4-Quasi-permanent load
5-Short-term load

3

-16

Figure 17: Long term testing under quasi-permanent load
combination (test setup)
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Figure 16: T2 Test – initial phases

Figure 17 shows the specimen layout within the climatic
chamber. By arranging the specimens on two levels, it was
possible to optimize the space and create a lateral corridor
to facilitate the data collection from the analog
instruments. The floor specimen supports were realized
by using steel tubular elements. Steel cylinders were
welded to the support frame to ensure “simply supported

(b)
Figure 18: Analog instruments used for long-term monitoring.
a) interface slip at the supports; b) midspan deflection
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Figure 19: Long-term behaviour

5 ANALYTICAL PREDICTION OF THE
LONG-TERM BEHAVIOUR
Eurocode 5 [5], recommends that for structures
comprising of members/components having different
time-dependent properties, the final mean values of the
modulus of elasticity (Emean,fin) and the slip modulus
(Kser,fin) used to calculate the final deformation be taken
as:

Emean

 Emean , fin = 1 + k
def


 K ser , fin = K ser

1 + kdef

(2)

where:
kdef is a factor for the evaluation of creep deformation
that depends on the relevant service class.
kdef ranges from 0.6 to 2 for solid wood [5]. At any
moment t the mechanical properties can be evaluated by
referring to the following formulae:

Ei

 Ei (t ) = 1 + φ (t − t )

w ,i
0

K
 K (t ) =

1 + φw (t − t0 )

is the doubling time of creep, which for spruce it
corresponds to 29500 days.

Figure 20 compares the analytical prediction obtained by
employing Toratti’s model with the experimental curves.
With reference to test T1, it can be observed how the
analytical estimation of the deformation variation over
time closely reproduces the experimental behaviour. This
denotes that despite the inevitable reduction over time of
the compression force generated by the screws (see [8]),
the beneficial effects of the CP procedure are overall
stable. The analytical model, in fact, considers only
viscous phenomena at the material level and does not take
into account changes in the “composite action” due to
connection stiffness modifications or “screw pressure”
decrease. Similar considerations can be made for T3 and
T4. It can be noted how before and after the deflection
shift induced by the RH spike, the curve slope is totally
comparable and the lines are parallel to the analytical
curves. Conversely, T2 midspan deflection exceeded the
expected value, even prior to the RH spike, showing
different performance of ST connections with respect to
DT connections. Further study is required to determine
whether the deformation increase is to be attributed to the
connection stiffness reduction, or to the alteration of the
force exchanged at the interface deriving from a loss of
screw compression force.
-8
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Figure 20: Long-term behaviour: analytical prediction

(3)

where:
ߔ௪ ሺ ݐെ ݐ ሻ is the creep coefficient as proposed by Toratti
[10];
t and t0 are, the final and initial instant of the analysis
respectively.
m

2⋅Δu
−c
( t − ti ) 

 t − t0 
100⋅Δt
φ w (t − t 0 ) = 

 + φ∞  1 − e
 td 



td

w [mm]

-8

RH[%]

w [mm]
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(4)

where:
Δu is the maximum variation of the moisture content;
c
is a coefficient that for spruce is equal to 2.5;
m is a coefficient that for spruce is equal to 0.21;

6 CONCLUSIONS
An experimental campaign on the long-term performance
(out-of-plane) of timber diaphragms strengthened with
crosslam panels, that are fixed to the joists according to
the cambering/pre-stressing procedure proposed by [1], is
presented. Four specimens 5.4 m long (5 m net span) were
subjected to long-term loading in controlled
environmental conditions at the University of Trento.
The main outcomes of the experimental work can be
summarized into the following remarks:
• The benefits of adopting the CP procedure when
realizing
timber-to-timber
strengthening
solution appeared to be persistent over time;
• The use of the CP procedure allowed to meet the
standard requirements with the retrofitted
diaphragm cross-section having a total height of
22 cm (despite use of relatively thin panels);
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•

•
•

Thanks to a higher compression force and a
lower stiffness, the ST screws coupled with
washers permitted to obtain higher camber
values than the DT screws;
On the other hand T2 test, assembled with ST
screws, exhibited a higher creep rate than the
specimens constructed with DT screws;
The combined use of both ST and DT connectors
as in T4 test, appeared promising. However,
further testing is strongly recommended.
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MODERN TIMBER ENGINEERING METHODS
IN THE CONTEXT OF HISTORICAL TIMBER STRUCTURES
Georg Hochreiner1, Gerold Eßer2, Gudrun Styhler-Aydın3
ABSTRACT: The historic roof structures of the Vienna Imperial Palace, the Hofburg, have been the subject of a systematic documentation by experts and students of the Vienna University of Technology since 2011. The geometrical and
historical findings have been compiled into an extensive documentation. In the first stage of the project, the structural
assessment was estimated without any backup or validation by detailed structural modeling. Although in the past, the
design of timber structures was driven mainly by tradition and experience, the approach is now supported by the availability of powerful engineering software tools. On the one hand these tools are needed to overcome shortcomings in the
current timber design code (EN 1995:2004, EC 5) by extensive numerical modeling, and on the other hand, the geometrical complexity and superposition of statically undetermined subsystems can only be assessed efficiently using modern
engineering software. Parameter studies including the variation of joint stiffness permit estimation of the domain of possible and realistic distributions of internal forces. Numerical realizations of worst-case scenarios provide valuable data
for a risk-based assessment.

KEYWORDS: timber engineering, structural analysis software, parameter study, historical timber structures

1 INTRODUCTION 123
Interventions within historic building structures are often
driven by either the owners’ need for a more intensive use
of existing spaces or insufficient load-carrying behavior
due to damage or degradation over time. In the case of the
roof structures of Vienna’s historic Imperial Palace (Vienna Hofburg), a project driven mainly by scientific interest was initiated by the Vienna University of Technology,
Department of History of Architecture and Building Archaeology, in cooperation with the Austrian Academy of
Sciences, the University of Natural Resources and Life
Sciences, Vienna; the Bundesdenkmalamt (Austrian Federal Monuments Office) and the Burghauptmannschaft
Österreich (the operating company) to study the architecture and building history of all the historic roofing structures of the Vienna Hofburg (in this connection, see conference contribution by Hochreiner, Eßer and Styhler-Aydın)4. That project was extended to include structural assessments, both to provide an opportunity for students to
train in numerical structural modeling and as an additional
fact-finding tool in a series of interesting questions related

1

Georg Hochreiner, Vienna University of Technology,
georg.hochreiner@tuwien.ac.at
2 Gerold Eßer, Vienna University of Technology,
gerold.esser@tuwien.ac.at
3 Gudrun Styhler-Aydın, Vienna University of Technology,
gudrun.styhler@tuwien.ac.at

to the evolution of building technology. Similar to the optimization process for new buildings, the performance of
parameter studies supported the understanding of the initial load-carrying behavior and revealed the conflict between tradition and innovation as well as the problem of
innovating structures without having access to well-developed and reliable calculating instruments in historical
building practice.
Nowadays, even widely-available commercial engineering software includes extended calculation functions related to nonlinearities, similar to scientific software,
which opens up the structural assessment of historic timber structures to a broader community of engineers.
The examples used to illustrate structural aspects have
been taken from recent student works and further investigations performed at the Institute of Mechanics of Materials and Structures (IMWS) at the Vienna University of
Technology.

4

The impetus for the project comes from the project “The
Viennese Hofburg – Building and Functional History, 13th to
20th Centuries” by the Institute of History of Art and Musicology at the Austrian Academy of Sciences, in particular from
Dr. G. Buchinger (see http://www.oeaw.ac.at/ en/ikmstartseite/forschung/repraesentation-und-residenzforschung/die-wiener-hofburg/, last accessed on
12.05.2016).
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2 ASPECTS OF THE INVESTIGATIONS
2.1 RECONSTRUCTION OF THE INITIAL
STRUCTURAL SYSTEM
Powerful modern 3-D scanning devices provide deformation-accurate geometric results, providing a comprehensive and precise basis for the architectural documentation of historical (and other) structures. There are no tools
available for a fast and efficient transformation of the
clouds of single points into an analytical 3D-CAD-model
and further to an abstracted structural model only consisting of beam axis and connections.
Nevertheless, the results from displacement-accurate documentation of the present stage of the structure including
both geometrical irregularities and accumulated displacements can only be compared to the results of numerical
structural modeling. In other words, the input for this
structural modelling must already be somehow different
and the architectural model cannot directly be used as input for structural assessment. That is why the structural
assessment has to start with the initial geometry of structures, that in many cases have been altered during the time
by damage, degradation or secondary changes and/or adaptations to changing requirements. Therefore, the preliminary focus of research activity for the engineers involved is to clarify the original state of constructions immediately after their assembly on site.
Structural assessment can help fill the gap between the
present condition of the structure and the initial intentions
of the designers by visualizing further intermediate stages
of the building process.
2.2 POSSIBLE STAGES OF CONSTRUCTION
In order to reconstruct the building process of a complex
roof truss it is useful to learn more about the sequence of
activities on site as well as possible intermediate stages of
assembly. In the case of long-term projects characterized
by changes depending on the architect responsible for a
particular building phase and still existing structural
members which are no longer needed when the building
is completed, the final compilation of several building
stages can often only be assessed by decomposition and
itemization according to the needs of practice and structural requirements.
2.2.1 Dissection of temporary subsystems
The roofing structure of the Winterreitschule, operated by
the Spanish Riding School (SRS), a building belonging to
the Vienna Hofburg ensemble, is an example for the situation described above. The historic structure was built between 1729 and 1735 in the shape of a hipped roof. With
a main roofing structure following a rectangular plan, an
apsis-like curved roof and a dome structure, the roof consists of three structural parts covering a ground area of
about 23 x 58 m2. The main part of the roof structure was
built as a two-storey frame structure with inclined posts
(Fig. 1a). In addition, a double post hanging structure spanning all stories - has been implemented, which just
takes the load from a stuccoed ceiling below (Fig. 1b). [3]

Here, having three instead of the two functionally-necessary hanging posts in the upper two stories can only be
explained by dissection of the final structure into the first
one, dedicated solely to the roofing structure (Fig. 1a) and
the second one dedicated to the supporting structure for
the heavily-stuccoed ceiling of the main hall (Fig. 1b).

X

Y

Z

X

a)

Y

Z

b)

Figure 1: Roof structure (Winterreitschule)
Temporary subsystems:
a) First construction level = main roofing structure and b) Second construction level = substructure for the stuccoed ceiling.
(G. Hochreiner, 2016)

For a single span of approximately 23 m, at least one additional intermediate support is needed for the tie-beams,
to bridge the time until the completion of the two main
vertical hanging posts as part of the substructure for the
heavy stuccoed ceiling.
Using numerical structural models, it is possible to deactivate structural members added in later construction
stages and to illustrate the functionality and the distribution of the internal forces and field of displacements related to the previous construction stage of the structure.
2.2.2 Adoption of shaping by displacements
Usually, we do not know whether the assembly of subsequent building members was affected by complications.
For example, have the geometry and allocation of joints
for subsequent members already been adapted to the displacement field, which probably could already have been
taken from the partially existing structure, or has the geometry for shaping been taken from the stage for the final
construction still without any stresses? This certainly has
been the option in many cases usually implying the application of constraint forces to meet the geometry of the already deformed structure. The process of prefabrication
could be complicated and slowed down if different geometrical templates have to be used and gradually adapted
to the progress of assembly.
The medieval roof structure of the Vienna Hofburg
Chapel (VHC) illustrates this discrepancy between the initial and deformed geometry. The construction dates to the
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year 1421 (felling phase of the timber) and is the oldest
remaining timber structure of the Vienna Hofburg. It was
set up as a rafter roof, spanning an inner distance of the
chapel of about 11 m and boosted by two stories of standing trusses with multiple main joists in combination with
a central hanging post. [1] In this roof structure, the
above-mentioned discrepancy might have been the reason
for the missing step joints (Fig. 2a), which are usually applied for the transfer of vertical loads from the central
hanging post to the rafters or additionally allocated parallel compressive members. Bending of the lower tie-beam
induced vertical displacement to the already allocated vertical post (Fig. 2b), so the recess on top of the vertical post
no longer fitted to the step joint of the rafters mounted
later on. Therefore, the load-bearing triangle was not completely established by normal forces (Fig. 2c) but closed
by the upper collar beam only by bending and shear forces
(Fig. 2d).
NO step
joints!

a)

00

2.3 TECHNICAL COMPETENCE FOR THE
PLANNING OF ROOF STRUCTURES
The comparison of different structural systems and technical solutions, designed for the same issue, such as the
suspension of heavy stuccoed ceilings, gives us an insight
into the different levels of skill and competence of the carpenters/designers in these historic periods.
Again, structural assessment by numerical modeling has
proven to be a powerful tool for the visualization of the
attitudes respective developments in construction practice
between tradition and innovation.
2.3.1 Layout partly driven by geometry
In the case of the Spanish Riding School, it seems that the
layout of the substructure, primarily designed to support
the stuccoed ceiling, had not taken into account the entire
shape of the roofing structure, but rather was first prepared taking into account only the main hall roof structure. (Fig. 3).
truncated

b)

Figure 3: Roof structure (Winterreitschule) : Layout of substructures without any context to the conical roof shape of the
apsis. (G. Hochreiner, 2016)

b)

d)

Figure 2: Main substructure of the roof structure (VHC):
a) Geometry including joint specification, b) system displacements (bending of the tie-beam), c) normal forces and d) bending moment
(Fig.a) B. Knauer, U. Herrmann, M. Slupetzky, 2011;
Figs. b-d) G. Hochreiner, 2016)

In most cases, the time of assembly on site must have been
the most exciting or nerve-racking time for the structural
designer respective carpenters, as the numerous intermediate stages were at risk of instability as well. For example, although no additional tools for stabilization are visible on site, it might be possible to reconstruct them by numerical modeling. Another aspect could also be the reconstruction of possible devices for the elevation.

From the structural assessment view, the selected substructure is perfect for the rectangular plan of the main
hall. However, in the area of the apsis-like conical roof,
the height of a uniform substructure should at least have
been limited by the height of the lower story without any
further local structural adaptations visible at the construction to fulfill structural requirements.
By modeling the regular substructure and the mutilated
supporting apsis-substructure, the geometrical and structural consequences of this mistake could be visualized.
(Fig. 3). As a matter of interest and training, an alternative
design proposal could be elaborated, that might be equally
suitable for the main hall and the apsis-like structure.
2.3.2 Structural solutions for corners and apsis
A steady increase of span in the context of regular and
traditional structural systems sometimes permits the upscaling of the geometry with possibly increased cross sections. As long as the linear arrangement of traditional
structural systems such as the hanging post systems with
tie-beams (primarily designed for symmetrical loading) is
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not disturbed by other elements such as chimneys or openings, everything works well. However, if the symmetrical
linear layout of the roof structure above the rectangular
plan of the building has to respond to some kind of elliptical apsis plan, this can cause structural problems. This
was the case i.e. with the timber roofing structure of the
Spanish Riding School.

b)

Figure 4: Truncated and rotated structural subsystem in the
apsis structure (Winterreitschule)
(G. Hochreiner, 2016)

The roof structure above the apsis-like part of the building
was designed based on the construction principle of using
just one half of the symmetrical regular main truss and
place these ‘half trusses’ radially around the vertical middle axis (Fig. 4). The corresponding tie-beams of the truncated structural systems – now radially orientated as well
– were ‘cut’ due to geometrical collision with the layer of
the parallel tie-beams continuing the system above the
rectangular main hall. These beams were still needed to
constitute the flooring system of the two-story roofing
structure. Alternatives for this structural disaster might
have been the stacking of the two separate layers of flooring beams, tangential reinforcement of the masonry with
tensile rods made of iron or tensile connections for the
timber wall beams (Fig. 5a).

a)

Figure 5: Subsidiary structural subsystem in the apsis structure (Winterreitschule) : a) displacements with gapping
(ground view), b) and c) normal forces (red=compression,
blue=tension). (G. Hochreiner, 2016)

c)

As a consequence, the knee-bracing elements of the truncated structural subsystems in the apsis have become deactivated and might have fallen to the ground without any
further structural provisions. When we were modeling the
whole structure, it was thrilling to discover that the layout
of the subsidiary structure now mainly consisted of inferior bracing studs (Fig. 5b-c).
2.3.3 Handling of later additions
Although the structural roofing system for the main hall
of the Spanish Riding School was mainly designed and
already prepared for symmetric loading, as an afterthought, an additional dome structure (Fig. 6) was set up
according to needs of urban architecture but in conflict
with the structural design of the hall’s roof truss. The upper part of the dome structure consists of a symmetric, stably-braced rotational structural system. In the contact
zone to the main roof, the supporting structure becomes
irregular. Structural details like already implemented
mortices in the area below the dome indicate, that the idea
of having a dome structure, which had to be allocated eccentrically to the middle axis of the building, must have
arisen shortly before the completion of the main roof
structure.
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a)

Figure 7: Additional reinforcing truss substructure in the apsis
below the dome structure (Winterreitschule)
(G. Hochreiner, 2016)

g

2.4 ALTERNATIVE LOAD TRANSFER PATHS
FOR INADEQUATE CONNECTIONS

b)

c)

Figure 6: Exocentric loading by a dome structure (Winterreitschule) : a) ground view, b) vertical section and c) irregular attachment to the main hall.
(a-b) G. Hochreiner, 2016; c) A. Dzinic, C. Staudinger, 2012)

This asymmetric loading, combined with the uncertainty
induced by the truncated apsis-substructures, led to an additional reinforcing truss substructure (Fig. 7) being added
later on. It is worth mentioning that the layout for this
truss structure (again, due to the use of tensile rods) was
designed for symmetric external loading instead of asymmetric loads from the dome structure.
Any estimation of the contribution of this auxiliary structural system also needs to consider the point of the construction process. Usually, the original structure does not
become unstressed in order to cooperate with the new
structure. The new structure only gets loaded by new
loads, but never by the existing ones.
Nerveless during the fact-finding on site, we were surprised to discover that both contact zones of the auxiliary
subsystem – the first to the upper dome structure and the
second to the stuccoed ceiling – were characterized by air
gaps transmitting no forces, possibly due to shrinkage of
the timber members. This structure could probably be reactivated by pre-tensing the steel rods, but before doing
this, the load capacity of the shear connectors should be
estimated and redesigned so it is able to carry the expected
loads.

As mentioned, the structural analysis showed that the substructure for the stuccoed ceiling was implemented as a
structural system largely independent of the construction
process of the main roof structure. The inclined members
(Fig. 1a) were expected to transfer the compressive loads
from the upper to the lower beam end. However, a closer
look at their connection to the wall beam revealed that,
due to the V-shape (Fig. 8b) and lateral splitting of the
beam end, no compressive force could be transmitted. Of
course, an alternative shaping with dedicated compressive
areas perpendicular to the beam axis would have solved
this problem.

Y

Z

a)
b)
Figure 8: Connection of the compressive member to the wall
beam (Winterreitschule):
a) Location and b) V-shaped connection leading to a cracked
connection between the compressive member and the wall beam
(G. Hochreiner, 2016)

Another challenge for the structural modeling was to identify possible alternative load transfer paths (Fig. 9).
Thanks to the existence of lateral bracing elements, the
compressive load could be redirected to neighboring tiebeams. Without modeling the true load-carrying characteristics, including upper limits due to cracking in the ductile behavior of the connection, it would have been impossible to identify this alternative load path.
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b)
Figure 9: Normal forces for alternative load transmission path
(Winterreitschule): a) Un-cracked and b) cracked V-shaped
connection. (G. Hochreiner, 2016)

2.5 WORST CASE SCENARIOS AND GLOBAL
RISK ASSESSMENT
Determining adequate structural safety levels according to
building standards [5] or regulations can easily be supported by numerical structural modelling and parameter
studies concerning aspects of redundancy for of the whole
system in terms of various worst-case scenarios. Valuable
data for a more sophisticated risk-based assessment could
be derived from results connected to the failure of single
tie-beams (Fig. 10), buckling of compressive members or
software-supported deactivation of over-stressed joints.
Lateral coupling of apparently independent plane substructures (e.g. by wall beams or purlins) is the key for
redundancy within historic timber structures. Therefore,
structural 3-D modeling instead of 2-D modeling is indispensable.
By identifying the “hot spots” in a historic construction,
numerical modeling again reveals itself as a powerful tool
for designing efforts and activities aimed at strengthening
the wooden structures as efficiently as possible and in the
least invasive way possible, to fulfill the requirements of
built heritage conservation.

b)
Figure 10: Roof structure of the Ceremonial Hall, Vienna
Hofburg. Failure of an arbitrary tie-beam: a) distribution of
normal forces and b) corresponding displacement field
(G. Hochreiner, 2016)

2.6 SENSITIVITY TO STIFFNESS OF JOINTS
If the historic structure is a compilation of several structurally undetermined subsystems, the impact of joint stiffness is decisive for the final distribution of the internal
loading and the final field of displacements. In the case of
overstressing, the nonlinear behavior due to plasticity or
local brittle crack formation has to be taken into account
as well. Typically for timber structures, the time-dependent changes in stiffness due to moisture or crack formation
due to shrinkage usually imply an increase of the global
displacements.
2.6.1 Combination of bending and truss systems
The Spanish Riding School with its two-story roofing system in combination with the substructure for the stuccoed
ceiling is again illustrated in Fig. 11. If the connections at
the bottom end of the long inclined compressive members
become soft and weaken, the vertical load of the ceiling
may possibly also be transferred to the lower story (Fig.
11b) due to the coupling of the vertical hanging post at the
intersection of the horizontal compressive collar beam
and the longer knee bracing member of the lower story
acting like a stiff truss-system. In the best case scenario,
the internal leverage of horizontal forces for bridging the
full span may be estimated with the full height of the two
stories (Fig. 11a). In the worst case scenario, the internal
leverage will be reduced to the height of only the lower
story (Fig. 11b), implying twice the horizontal internal
forces and more stress for the corresponding connections.
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a)
a)

b)

b)
Figure 11: Sensitivity to joint stiffness of coupled systems and
probable corresponding structural system (Winterreitschule):
a) System with stiff compressive members and b) subsidiary system with failed compressive members
(G. Hochreiner, 2016)

Usually, an increase in the number of semi rigid connections along the path of load transfer means that the global
system response becomes less stiff again, leading to redistribution of the internal forces.
2.6.2 Effectiveness of improvements
Another case study was performed on the roofing structure of the Ceremonial Hall of the Vienna Hofburg, dating
to 1803. The structure is another example of an imposing
roof structure of the Vienna Hofburg, with a span of about
20 m. It was erected as a gabled roof with two overlapping
principal truss systems, hanging queen post and additional
inclined compressive struts, designed for taking the loads
both from the rafters and the stuccoed ceiling (Fig. 12a).
Although it seems that some bracing elements (Fig. 12b)
were subsequently added to the original well-designed initial structure (Fig. 12a), this had no impact on global stiffness and stability. The distribution of the internal normal
forces (Fig. 12c) supports this hypothesis. This is true not
only for symmetric but also for asymmetric external loading.
Again, structural modeling is the only chance to discover
such well-meant but ineffective improvements.

c)
Figure 12: Roof structure of the Ceremonial Hall, Vienna
Hofburg. Effectiveness of improvements: a) Original main substructure, b) well-meant improvements, c) internal normal
forces today
(G. Hochreiner, 2016)

2.7 STRENGTH GRADING USING
NUMERICAL METHODS
Any evaluation of internal forces with respect to local failure of the timber matrix must be based on reliable material
profiles. The traditional approach would be to take such
profiles from material standards for commonly-used
strength classes such as C24 according to EN 338 [8].
Nevertheless, members of historic timber structures were
never subjected to such grading procedures, as they had
not yet been introduced. Also, visual grading procedures
are sometimes very vague and focus only on tensile failure of solid timber in the case of bending moments. In the
case of combined loading and the impossibility of experimental testing, more sophisticated techniques such as numerical methods could be applied even today. By modeling knots, corresponding fiber deviations and timber-specific material parameters – such as degradation due to
constant and elevated moisture attack – the local load-carrying capacity can already be estimated much better than
it could be realized with non-destructive testing methods.
Nevertheless, today, these special assessments can still
only be performed with scientific software such as the
proprietary Abaqus software [6].
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3 CHALLENGES FOR MODERN
ENGINEERING SOFTWARE
As a matter of fact, simplifications with respect to building practice usually involve increased efforts in terms of
the structural analysis of the building or single members.
In order to efficiently fulfill these tasks, the demands for
special functions of commercial software are numerous
and challenging. If these extended methods of structural
assessment are to be used by a wide community of engineers, it will no longer be possible to use only scientific
software, with its access restrictions. At the same time, a
number of commercial software packages such as Dlubal’
s RSTAB or RFEM fulfill such requirements for modeling
even such complex structures.

Figure 13: Enhanced modeling of a step joint connection
by the use of rigid elements (green lines)

3.1 DEPTH OF STRUCTURAL MODELING

(G. Hochreiner, 2016)

In principle, historical timber structures include numerous
special features related to the type of traditional techniques for connections:
• The issue of net cross sections mostly due to staggering of beam axis and implying stress concentrations.
• Non-symmetric load-carrying behavior of joints with
respect to e.g. normal forces.
• Numerous failure mechanisms related to the type of
the connection either revealing brittle or quasi ductile
behavior.
It would be desirable to include all these features into the
structural model from the very beginning, but from the engineering point of view, it is still recommended to start
with simplifications such as gross cross sections and a set
of connections not affected by damage or nonlinearities.

The big advantage of progressive refinement of the modeling depth is not only the controlled extension of computational costs on demand instead of suspicion or in reserve, but also the associated increase of mechanical understanding of the structure by the user.

At this stage, the implementation of rigid beam elements
is essential, because not only are they indispensable for
modeling of realistic geometry, but also for the implementation of failure mechanisms related to special internal
forces and directions. This second aspect is vital, especially for the estimation of progressive structural failure
mechanisms and the identification of subsidiary load
transfer paths, which might be necessary in the case of potential shear failure mechanism of step joints near the end
of tie-beams (Fig. 13).
Usually, several capabilities of the software can be used
for this purpose: e.g. beam eccentricities, kinematic coupling of nodes or dedicated rigid elements. If rigidity is
modeled by extreme stiffness of single beam elements instead of correct kinematic relationships, problems related
to numerical mathematics might arise. Therefore, the decision to use the ‘high stiffness’ setting should be driven
by good engineering common sense (rather than by an internal decisions of the software itself).

3.2 SUBMODELING AND DATABASE FOR
EXPERIMENTAL FINDINGS
In order to increase the user-friendliness of the software
and enhance realistic modeling as much as possible, the
integration of experimental findings should be possible.
For example, on-demand nonlinear slip curves generated
by numerical sub-modeling with beam or volume elements would support more flexibility with respect to the
variability of connection systems and discharge the main
structural assessment from local extensive computational
costs. The embedding of such sub-models in the structural
software package ensures security of the process by controlled data transfer, thus avoiding human error.
The setup of such a database could also be enriched by
documentation features making it easy to highlight the degree of exploitation of structural elements as well as connections. Such a facility is part of the module RF_LIMITS
[5], although it is still rather restricted in its range of application. Unfortunately, numerous existing findings
about the load carrying behavior of historic timber connections have not been implemented in structural analysis
software and therefore are not available to those interested
members of the wider engineering community.
3.3 NONLINEARITIES AND SOLVERS
In addition to the timber-specific material-dependent profiles, the nonlinearity respective asymmetric behavior of
the joint characteristic very often implies many cycles of
iteration. Sometimes the setting for reactivating of already
deactivated joints in subsequent steps and the special feature for deactivation of tensile connecting elements such
as steel rods or special carpentry joints on a step-by-step
basis instead of global elimination within one iterative
step could be a chance for ending up with reasonable results instead of advices for instability of the structural system.
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Large displacements related to worst-case scenarios have
to be calculated according to third order analysis. This
type of calculation setting is also helpful for calculating
stable structural behavior beyond the first linear elastic
buckling mode.
These local and global nonlinearities imply high computational costs. Nevertheless, a laptop with workstation capabilities (quad core processor, minimum of 8 GB
memory) is sufficient to do the job.
The number of iteration cycles could also be affected by
settings related to the strategy of the solver of the engineering software. Sometimes the choice of more robust
numerical procedures implies more iterations, but guarantees result stability
3.4 DATA MANAGEMENT AND
VISUALIZATION
Managing databases with a huge number of entities
(Fig. 14) requires powerful tools for filtering according to
the manifold types of structural elements. In order to
check input data visually, selective graphic output should
be possible, at least in terms of material classes, cross sections or joint specifications. When aiming for selective
presentations of, say, different building stages, the setup
of different views and substructure should be supported.

Figure 14: Visualization of the huge database [2] as a result of
3-D modeling (Winterreitschule):
23,400 beam elements and 82,000 equations
(Peneder I., Strateanu F. A, 2015)

Since it is sometimes recommended to include all structural members in one model (Fig. 14) in order to escape
restrictions related to simplified 2-D modeling of isolated
substructures, progressive refined modeling such as the
setting of non-linear hinge definitions should be supported by selective views of substructures.
3-D rendering modes and intuitive tools for the visualization of the flow of forces and corresponding dis-placements, for example, help to make the results more accessible to project partners from other disciplines.
For the validation of the engineering model, the numerical
results should easily be comparable to observable features
such as deactivated step joints due to shear failure or gapping and/or buckling.

4 CONCLUSIONS
The assessment of some historical roofing structures using modern numerical engineering methods has proven to
be rather successful. It has become a valuable training
ground for students, providing interdisciplinary experience in historical and modern building practice and the
application of modern engineering tools. The integration
of these issues into the education process at universities
will help to spread the knowledge among architects and
engineers about the professional conservation of monuments or their upgrade for subsequent use as revitalized
objects.
In general, the discipline of structural assessment of historic timber structures by engineers has proven to be an
additional and valuable fact-finding tool in the context of
building research and monument conservation [3,4,9].
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BRACING ABILITY OF TRADITIONAL WOODEN FLOORS IN VIENNESE
BUILDINGS FROM THE PERIOD OF PROMOTERISM IN CASE OF
EARTHQUAKE
Dimitrios Stefanoudakis1, Alireza Fadai2, Wolfgang Winter3
ABSTRACT: Historical buildings from the period of promoterism (“the Founder Epoch”) constructed between 1850
and 1910, so called “Gründerzeitgebäude” or “Wilhelminian style buildings” represent the main part of the building
stock in Vienna. The bracing ability of traditional wooden floors in Viennese buildings have been tested in laboratory
and field tests. The results were implemented in finite element 3D models and have been verified by analytical methods
using simple models, mainly simple cantilever and beam models. The comparative calculations have shown that these
wooden floors have a significant influence to the bracing ability of the traditional buildings in case of earthquake. This
paper also demonstrates how the bearing capacity reserve can be improved.
KEYWORDS: Earthquake, Timber floors, Wooden floors, Historical buildings, Masonry

1 INTRODUCTION 123
The city of Vienna is located on a weak earthquake zone
with a seismic period of 475 years. The last big
earthquake was in the year 1590 and an earthquake in
1972 with the intensity of ~ 60 % of the main earthquake
just caused a few damages to the existing buildings.
Despite many wars but fortunately just few natural
disasters, the city of Vienna still has a good conserved
city-core inside the downtown. This area was inside the
city wall, called the „Ring“. This wall has been removed
between 1858 and 1875 and it is now the road „Ring
street“. Outside the area there are newer buildings, called
“Gründerzeit“(“the Founder Epoch”) buildings, they
have been arisen between 1850 and 1910, the age of
promoterism. These buildings with typically decorated
façades still dominate the townscape of Vienna. They are
taller and slender than the older mainly baroque
buildings.
“Gründerzeit“-buildings
are
clay-brick
masonry
buildings with wooden joist floors. The roof floor is
mostly a timber floor, the cellar floor a brick arch
(Figure 1, left and middle). There are about 30,000 such
buildings in Vienna. The existing buildings from the
“Period of Promoterism” are of high importance for the
city as cultural heritage and still as residential buildings.
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They are very popular to live in, although they are less
comfortable and less safe as modern buildings.

Figure 1: left and middle: Typical building in Vienna built in
Period of Promoterism; right: 3D finite element model [1, 5, 6]

Since the 1970s, the loft extensions are very popular.
This additional, normally 2- more story roof buildings
instead the old roof, were built without special static
rules except the control of the masonry and soil pressure
up in the year 2004.
Since Austria, as a member of the European Union,
harmonized the Eurocodes in June 2009, new rules have
to be applied when changing the structure of old
buildings. Eurocode defines deformation criteria and
fundamental requirements referring to the state of
damage in the structure, herein defined through three
Limit States (LS), namely: Near Collapse (NC),
Significant Damage (SD) and Damage Limitation (DL).
In case of earthquake, the buildings in Austria shall be
investigated at the limit state of Significant Damage.
The challenging for the structural engineers is that there
are no generally accepted static models for traditional
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masonry buildings. In this approach this
th paper shows,
how existing floors and their connect
ections to masonry
(wall ties) can be tested in situ and how the results can
been implemented in Eurocode confor
form finite element
3D models (Figure 1, right).

HE VIENNESE
2 CONSTRUCTION OF THE
“GRÜNDERZEIT“-BUILDI
DINGS
As already mentioned, Viennese “Gründerzeit“buildings are clay-brick masonry buildin
ldings with wooden
joist floors. The foundation works likee a strip footing.

Figure 3: Detail A: Iron wall tiee in “Gründerzeit” structures

Non-loaded separating walls disconnect
d
the ceiling areas
(e.g. Figure 4; W11 and W12)
2). The size of these walls is
roughly 15 cm (brick's width).
The beams lie at a spacing betw
etween 70 and 90 cm.

Figure 2: left: typical “Gründerzeit” joist floor;
fl
right:
Elements of existing “Gründerzeit”-building
ing structures:
1 - 3 masonry elements; 4 wooden floors; 5 rroof elements even
wood-based [7]

The timber floors in “Gründerzeit” and
d in
i older buildings
are usually connected to masonry with
h iron
i
bars made of
flat steel (Figure 3). Both timber floors
rs and wooden joist
floors as the roof are connected with these
th
iron anchors.
Wooden floors owe their bracing ability
ab
also those
traditional connections.
bu in a modular
Typical “Gründerzeit”-buildings are built
way. The main element is a simple room
om (Figure 4). The
cross walls (Figure 4; W1 and W2) run
ru counter to the
axis of the two walls at the exterior off the
th building. They
go through the whole building. In longi
gitudinal direction,
the middle wall is the most critical part
art depending on its
influence area.

“G
floor plan;
Figure 4: left: shows a typical “Gründerzeit”
right: shows a typical “Gründerze
rzeit” room.

ITIONAL
3 TESTS ON TRADIT
CONNECTIONS
Traditional iron wall ties
ies were collected from
demolished buildings and connected
con
to wooden joists.
The specimens ware pulled in a modern machine in the
laboratory (Figure 5, right).
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Figure 5: left: traditional iron wall ties [2];
2]; right: wall tie on
timber beam part in the pull machine [4]

3.1 Axial tests on traditional connect
ections in the
laboratory

cement diagram in situ
Figure 8: wall tie, force displacem

The reason is that the wood
oden planks are capable to
brace the joists. A sim
imple mechanical model
demonstrates the effect:

Some axial tests ware also carried outt in laboratory. The
graphics of the testing machine,
e, recording the
relationship between the load and displacement,
dis
were
used for linear approximation at thee stage
s
of the first
evaluation of axial tests. (Figure 6)

Figure 9: Axial force distribution
on in connected floor joists
ent diagram
Figure 6: typical wall tie, force displacemen

3.3 Lateral tests on tradition
ional connections in situ

3.2 Axial tests on traditional connect
ections in situ

Lateral tests on wooden joistt fl
floors have been carried out
in different „Gründerzeit“-bui
buildings under restauration
using a common hand press machine.
m
The pressure was
applied on the joists. Similar
ar results are obtained as by
the axial tests (Figure 10).

Some few axial tests on wooden joist
st floors have been
carried out on a “Gründerzeit“-bbuildings before
demolition using a common hand pre
ress machine. The
pressure was applied between wall andd jjoist.

Figure 7: Axial wall tie test in situ

The in situ tests show a higher connect
ection resistance as
in the laboratory because of the form
rmwork leading to
activation of adjacent beams. The force-displacement
fo
diagram (Figure 8) shows an elastic behavior
be
to 50 kN
with a displacement of 6 mm, i.e. C = 8 MN/m.

Figure 10: left: Press machine act
acting on joist [3], right:
displacement transducer [3], later
teral in-situ test on traditional
wood joist floors [7]

The same simple mechanicall model
m
can be used again to
demonstrate this effect:
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their traditional connectionss to the bracing behavior of
the building.

Figure 11: connected floor joists under later
teral load

Similar results can be of course achieved
ved by using more
advanced finite element (FE) models.
Figure 14: Eurocode conform 3D model of the building using
wall-shells and beam- and trusss elements.
el

Figure 12: FE model connected floor joists

lank and joist have
In this case, the connection between pla
to be implemented.

As shown in Figure 4, the wooden joist floor is
interrupted by the thin 15 cm shear
sh walls.
For the sake of simplicity, the wooden joist fields were
implemented in the 3D-Model
el as a single beam member
with the displacement modules
les of the wooden joist field.

Figure 13: displacement module of the nail

≔ 4.5
≔ 10 000 /

Figure 15: left: 3D modelling off ppillars, parapets and other
beams using beam- and truss elem
ements, right: 3D modelling of
shear partition walls using wall-sh
shells and truss elements.

²

≔ 1 for short load duration und NK 1
≔ 0.025 ∙
1.125 ∙ 10

∙
/

(1)

4 3D-FINITE ELEMENT-MO
ODELING
The ascertained rigidities have been
n implemented in
Eurocode conform 3D finite element models.
mo
The results
show a significant influence of the wo
wooden floors and

Figure 16: Equivalent member for the joist field
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5 TESTING THE THEORY
Real scale tests have been carried out on a typical
Viennese “Gründerzeit”-building before its demolition.
The building consists of a basement floor, four stories
and an unused attic floor. The floor layout is typical for
“Gründerzeit”-buildings, i.e. rectangular with exterior
walls to the street and courtyard side, and a middle
interior wall.

Tests have been first carried out to the intact building.
Then the floor planks have been cut out from the walls.
On a third step the thin walls connecting the main wall,
which are the ones parallel to the street, have been
demolished. A portion of the middle wall has been cut
out as shown in Figure 19. The figure also displays the
load application and transmissions points and the
abutments (in the form of a horizontal steel frame;
Figure 20).

Figure 19: Application of the horizontal force on the chosen
building segment

Figure 17: The test building Engerthstreet 223, in the 2nd
Vienna district

A masonry wall segment in the third story (shown in
Figure 18) was chosen to apply the horizontal force up to
200 kN via a hydraulic press close to the middle wall.

Figure 20: Equipment for application of horizontal force

The measurements of displacement and horizontal force
have been verified using simple truss models and
compared to the 3-dimensional calculation. The model
was calculated in consideration of the iron ties as well as
without ties, which led to larger displacements despite
rigid bearings in the ridge (Figure 21).

Figure 18: Test wall marked between red lines
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experiences a significant reduction when implementing
the traditional iron wall ties.
The 3D model including the effect of the iron ties and its
corresponding horizontal displacement is shown below
in Figure 23, Figure 24 and Figure 25.

Figure 21: Force displacement diagram of the middle wall.
left: with wall ties, right: without wall ties

The results of the in situ test were compared to the
calculated results and compared in the following Figure
22.

Figure 23: Horizontal displacement of the intact building in
the transverse direction

Figure 22: Force displacement diagram of the middle wall.

As can be seen from the graphs, one gets a good match
in the linear elastic area between calculation and
experiment.
The ascertained rigidities and further material properties
determined by the in situ tests have been implemented in
a Eurocode conform 3D finite element model mentioned
above.
3D-Finite Element-Modeling for the intact building, and
the one with cracked state of masonry according to the
Eurocodes. The results show a good correspondence
between the experiments and the FEM calculation using
the CATS-Model [6].
The results also show a significant influence of the
wooden floors and their traditional connections to the
bracing behavior of the building. In particular the
horizontal displacement of the pillars of the outer walls,

Figure 24: Horizontal displacement of the building in the
longitudinal direction
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Table 2: Distribution of the horizontal force to the shear walls
of the building. See

E223

Distribution of the earthquake load

Y-Direction – Cracked building
Shear wall

With wall ties

Without
wall ties

1

269

272

3

1.12%

2

242

258

16

6.61%

3

149

162

13

8.72%

4

150

167

17

11.33%

810

859

49

Partition
wall

With wall ties

Without
wall ties

11

87

91

4

4.60%

12

158

142

-16

-10.13%

13

168

167

-1

-0.60%

14

61

59

-2

-3.28%

15

50

48

-2

-4.00%

16

108

107

-1

-0.93%

17

138

110

-28

-20.29%

18

26

24

-2

-7.69%

19

257

203

-54

-21.01%

1053

951

-102

6.05% "loading“

Figure 25: Horizontal displacement of the pillars in the
transverse direction and numerical values

The results are summarized in the Table 1.
It shows that in the transverse direction (Y-direction)
there is a significant influence of the bracing through the
joist floor and their connections on the deformation
behavior of the structure.
Table 1: Horizontal max. displacement of the pillars

-9.69% "unloading“

Building state

Pillar Displacement in mm

Intact

Wall ties

No Wall ties

Δ

Δ%

X-Direction - Cracked building

Y - Direction

9.44

15.87

6.42

68.11%

Shear wall

With wall ties

X - Direction

6.48

6.85

0.37

5.71%

Without
wall ties

5

276

273

-3

-1.09%

Cracked

Wall ties

No Wall ties

Δ

Δ%

6

244

232

-12

-4.92%

Y - Direction

16.59

97.35

80.76

486.82%

7

157

154

-3

-1.91%

X - Direction

87.82

98.29

10.47

11.92%

8

109

106

-3

-2.75%

9

317

290

-27

-8.52%

10

118

119

1

0.85%

1221

1174

-47

From the table it is also clear that this influence is much
stronger in the “cracked” house, so in a state of
substantial injury due to the Eurocodes, as in the noncracked, intact building.
However, even the distribution of the applied lateral
force is influenced by the bracing through the joist floors
and their connections.
Table 2 shows the change in the distribution of the
applied lateral force to the shear walls of the building.

-3.85% "unloading“
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6 EXPLAINING THE MECHANISM
As known from real earthquakes, the weakest member of
unreinforced masonry buildings, are frequently the outer
wall pillars (Figure 26).

The power transmission takes place in the longitudinal
direction by the diaphragm action of the joist floor. The
wooden planked field deforms according to the rigidity
of its supports against the mostly eccentric side force.
The effect of bracing is less significant in the
longitudinal direction because of the higher bracing
ability of the spandrels (Figure 28).

Lateral forces – eccentric load and reaction forces

Figure 26: Damaged building in Emilia-Romagna, DPA

Through the bracing, as shown in Table 1 and Table 2, a
portion of the horizontal force is redistributed from the
weakest member of the structure, the outer wall pillars,
to the shear walls connected to the pillar by the wall tie.
The redistribution is possible due to tensile forces in the
iron wall tie and the wooden joists and arch effect in the
masonry walls perpendicular to the joist (Figure 27).

Corresponding torsion action

Figure 28: Diaphragm action of the joist floor

7 CONCLUSIONS
The bracing ability of traditional wooden floors in
Viennese “Gründerzeit“-buildings have been tested in
laboratory and field tests. The results were implemented
in 3D finite element models and also have been verified
by analytical methods using simple models, mainly
simple cantilever and beam models.
The comparative calculations have shown, that
traditional wooden floors have a significant influence to
the bracing ability of the traditional “Gründerzeit“buildings in case of earthquake. This effect and
structural reserve should be considered in mechanical
models of “Gründerzeit”-buildings and similar masonry
buildings.
In this way, realistic deformation capacities can be
calculated and even nonlinear push over and other
methods can be applied on such buildings. Simple
models without considering structural reserves guide to
unrealistic low capacities of masonry buildings.

Figure 27: Arch effect in masonry walls when tension in wall
ties and connected wooden joist
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8 OUTLOOK
Further research is needed for other common types of
wooden floors in “Gründerzeit“-buildings as the socalled “Dippelbaum” floors. Those are massive timber
beams connected with hard wooden dowels (Figure 29).

Figure 29: “Dippelbaum” floors

Unquestionably, the complex failure mechanism of the
masonry has to be deeply researched. The target is to
develop realistic computation methods for unreinforced
masonry buildings and “smooth” ecological methods for
retrofit and renovation of such buildings.
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SEISMIC RESPONSE ANALYSIS OF FIVE-STORIED PAGODA
CONSIDERING ROCKING MOTION BASED ON 3D ANALYTICAL
MODEL
Iuko Tsuwa, Takafumi Nakagawa2, Mikio Koshihara3
ABSTRACT: Five-storied pagodas have not collapsed in the past large earthquakes. A previous research studied the
effect of the bending deformation of a whole building on the vibration characteristics of a pagoda. In addition, it said a
bending deformation was caused by the rocking behaviour of each floor. The aim of this study is to develop a structural
analytical model including rocking motion. In this research, we characterized the vertical stiffness of a roof truss and
Kumimono used in temples and shrines as the structural elements causing rocking motion. Time history response
analysis was conducted with the developed model. The analytical results were compared with the results of a shaking
table test performed in a previous research.
KEYWORDS: Traditional timber structure, Earthquake response analysis, Elasto-plastic analysis, Vibration
characteristics, Kumimono, 3D analytical model

1 INTRODUCTION 123
Five-storied pagodas have not collapsed in the past large
earthquakes. The number of studies on the seismic
capacity of five-storied pagoda has increased. There are
various theories about the seismic performance. Prof.
Kawai et al. studied the effect of the bending
deformation of a whole building on the vibration
characteristics of a pagoda in a previous research [1].
Addition to it, they claimed that a bending deformation
was caused by the rocking behaviour of each floor as
shown in Figure 1. In this research, we characterized the
vertical stiffness of a roof truss and Kumimono used in
temples and shrines as the structural elements causing
rocking motion. We developed the three dimensional
model of five-storied pagoda considering rocking motion
and conducted seismic response analysis.

evaluated in every model. Most of models were mass
system models. It is called that some springs for
earthquake resistant elements were contracted. There is
less study verifying the contraction model comparing
with a model which was not contracted.
In this study, we focused on modelling each earthquake
resistant element and a model consisting of shear and
vertical springs shown in Figure 3 (d). The model was
suggested in the previous research [1] as mentioned in
the preceding section. The model included springs
considering a vertical motion at each floor in a pagoda. It
was assumed that uplift did not occur in the vertical
springs and compressive strains inclined to the grain by
vertical loads at Kumimono were increasing or
decreasing and the spring behaved in the ranged of
elasticity.

2 REVIEW OF MODELING METHOD
There are structural elements of a traditional pagoda
considered as earthquake resistant elements like Figure 2.
Some elements have the evaluation method of a seismic
capacity already, but other elements have not had such
kind of methods.
There are some kinds of analysis model for a five-storied
pagoda in previous studies as shown in Figure 3. Not all
earthquake resistant elements as mentioned were
1
Iuko Tsuwa, The Japanese Association for Conservation of
Architectural Monuments, 2-32-15 Nishinippori, Arakawa-ku,
Tokyo, 116-0013, Japan, Email: tsuwaiuko@gmail.com
2
Takafumi Nakagawa, National Institute for Land and
Infrastructure Management, Japan
3
Mikio Koshihara, Institute of Industrial Science, the
University of Tokyo, Japan

Figure 1: Bending deformation of the five storied pagoda in
earthquakes
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3 ANALYSIS MODEL
7: Core column
6: Truss roof
5: Roof or ceiling surface
4: Kumimono
3: Wall
2: Nuki
1: Column
(The 1st floor of a pagoda)

3.1 OBJECT BUILIDING
We used the one-fifth scaled model of Asuka style fiveStoried Pagoda [3]. The model is shown in Figure4.
Shaking table tests were conducted in the previous
research. We chose the model because we could
compare the analysis results with the experimental ones.
The height of the model was 6.607m. The size of the
first floor was 1.296 x 1.296m.

Figure 2: Earthquake resistant elements in a pagoda

a) Rotational springs
and core column [2]

b) Shear and vertical
springs [3]

Specimen used in a previous research [3]
Figure 4: Object building

c) Shear and rotational d) Shear and vertical
springs [1]
springs [3]

e) Shear, vertical and
rotational springs [4]

Figure 3: Analysis models for fifth storied pagoda

Besides, the vertical stiffness was calculated by fitting
the analysis model to the result of a micro tremor
measurement. Therefore the vertical spring was not
defined theoretically or experimentally.
In this study, we defined the vertical stiffness of
Kumimono and truss roof as the vertical spring. The
vertical stiffness of Kumimono was investigated by
compressive test in previous research [5].
We developed a detail 3D model including these vertical
springs and evaluating the structural elements of
columns, a core column, truss roof, Kumimno, walls,
column-Nuki joints.

Figure 5: Analysis model
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3.2 MODELLING METHOD
3.2.1 Outline
We developed a three dimension analytical model like
Figure 5. All columns and horizontal members
considered as structural elements were replaced with
member elements in the model.
In addition, all earthquake resisting elements considered
in the pagoda model were replaced with spring elements.
The aseismic elements were the following six things and
were shown in Figure 6.
1: Rotational stiffness of restoring force of columns
2: Rotational stiffness of column-Nuki joints
3: Shear stiffness of wall
4: Shear stiffness of Kumimono
5: Vertical stiffness of truss roof
6: Vertical stiffness of Kumimono

Figure 7: Restoring force of a column having a rigid body

6
5
3
2
1

4

Figure 6: Aseismic elements

3.2.2 Rotational stiffness of coulmn
When a column inclined like a rigid body, a restoring
force occurred by the work of a vertical load to return
the inclination of the column shown in Figure 7.
When the diameter of a column is big like columns of
traditional timber buildings such as temples and shrines
and the weight of roof is heavy, the restoring force
becomes large. We defined the restoring force by the
inclination of a column as a rotational spring. We put the
springs under the column.
The restoring force characteristic was suggested
experimentally and theoretically by previous studies [6]
[7]. The characteristic was set like Figure 8 (b) based on
the previous studies. The analysis soft includes the effect
of P-delta. On the other hand, the restoring
characteristics of columns are usually defined like Figure
8 (a). It also includes the effect of P-delta as shown in
Figure 8 (c). To be called, the effect is counted for twice.
Therefore the effect was subtracted from the
characteristic of the previous research.
The restoring force characteristic was set as the
nonlinear elasticity.

(a)

Characteristic from a previous research

(b) Characteristic in analysis

(c) The effect of P-delta
Figure 8: Restoring force characteristics of column
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3.2.3 Rotational stiffness of column-Nuki joints
When a frame consisted of a column and Nuki deformed
by shearing, the column inclined and the compressive
strain inclined to the grain occurred at the column- Nuki
joint as shown in Figure 9. The compressive strain is
usually evaluated as a rotational spring. The stiffness of
the spring was set based on a shaking table test results
from our previous research [8]. The figure 10 shows the
restoring force characteristics of the spring. The test was
conducted with one wooden frame modeled Asuka Style
pagoda and composed by two columns, Nuki and
Kumimono. The building style of specimen was same as
this analysis model. The specimen was 2/3 scale model.
This analysis model was 1/5 scale model. It is supposed
that rotational stiffness at a column-Nuki joint occurred
by compressive strain inclined to the grain at the joint.
Therefore it was assumed that the rotational stiffness was
proportional to the ration of a size and was calculated
with the results of the shaking table tests of frames.

Column

ー
θ

d/2

柱(西)

3.2.4 Shear stiffness of wall
The type of wall was wooden wall. However there were
no data for the restoring force characteristics of this type
of wall. Therefore we estimated the relationships
between load and displacement from the results of static
loading tests and shaking table tests in previous study [3].
The hysteresis curve was shown in Figure 11. The
estimation method was as follows.
We got the relationship between load and displacement
at the first floor from the result of tests. It was assumed
that the hysteresis curve was consisted of proof stresses
by the restoring force characteristic of column and Nukicolumn joints and walls. It is because the load of a whole
wooden frame can be calculated by adding the proof
stressed of each earthquake resisting element in the
frame when it was sheared and deformed. This
calculation way of the force of a wall was based on the
suggestion by our previous research [9].
It was assumed that the restoring force of Nuki-column
joints was 0 in this case. It is because many tests by
earthquakes waves were conducted with the specimen in
the experiment and it can be conceivable that the proof
stresses of Nuki-column joints were decreased.
A whole frame

Koshinuki
腰貫

=

Wall

+

Joints

+

Columns

d/2
＋

d

Figure 9: Compressive strain inclined to the grain at ColumnNuki joints

Static loading test

Shaking table test

The envelop curve
of shaking table test
Columns

The model of a
whole frame
Wall model

Figure 11: The model of hysteresis curve for a woden wall

Figure 10: Hysteresis Curve for rotational spring of ColumnNuki joints

3.2.5 Shear stiffness of Kumimono
The shear stiffness of Kumimono was calculated based
on previous research [10]. When Kumimno got shear
forces, a component in Kumimono rotated at first and
compressive strains inclined to the grain occurred at the
basement of each component as shown in Figure 12.
Next, each component moved horizontally and touched
the dowel. At that time, compressive strains inclined to
the grain happened at each dowels as shown in Figure 13.
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Each compressive strain was defined as the first and
second stiffness in the restoring force characteristics of
Kumimono in the previous research [10].
The hysteresis curve was bilinear like in Figure 14. The
first and second stiffness was shown in the figure.

Figure 12: The shear deformation of Kumimono

shows each part of the compression stiffness for a part of
Kumimono as an example. The vertical stiffness was
calculated by the following Equation (1).

Kn 

E A
Ln

(1)

where Kn = vertical stiffness, E  = Young’s modulus for
compression perpendicular to grain of the wood, A =
area being subjected to pressure, Ln = the length of an
element and n =1, 2, 3.
A was defined as 20% of the contact area with
components of Kumimono. This equation was derived by
compression tests of Kumimono as shown in Figure 16
[11].
It is assumed that the tensile rigidity of both Kumimono
and a truss roof and the shear stiffness of a truss roof
were high infinitely.

Figure 13: The shear deformation of Kumimono
Figure 15: Each part of vertical stiffness for Kumimono

Figure 16: Compressive test for Kumimono

Figure 14: Hysteresis Curve for the shear spring of
Kumimono

3.2.6 Vertical stiffness of Kumimono and a truss roof
As vertical stiffness of those elements, we focused on the
compression stiffness of materials in a truss roof and
Kumimono which means bracket complexes. Figure 15

3.2.7 Modelling of core column
The core column built on the base and in the middle of a
pagoda. The column in this specimen was in contact with
the top of a pagoda. Therefore we set compressive
stiffness and tensile rigidity at the top between the
column and pagoda as shown in 17, but the compressive
stiffness was strong sufficiently and the tensile rigidity
was about 0. A dowel was set in the column base like
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Figure 18. Thus the support condition of the column
base was pin.

one is the one of the maximum input waves, No.58 wave,
changed JMA Kobe recorded during the South Hyogo
prefecture Earthquake in 1995. The time axis of the
wave in experiments was one- third of the original axis
because specimen was a scaled model. Figure 20 shows
the wave.
The weight of an analysis model was like Figure 21. The
weight of each floor was divided in the parts of under
and upper a horizontal member called Daiwa in Japanese.
The roof surface was separated 8 areas in each floor like
Figure 22. The weight of roof was distributed in each
area.

Figure 19: The input acceleration wave of random

Connection spring
Core column
Pagoda

Figure 17: The model between the top of a core column and
pagoda

Figure 20: The input acceleration wave of JMA Kobe (No.58)

Core column

Dowel

Figure 18: The base of a core column

3.3 ANALYSIS METHOD
We utilized the analytical program improved “wallstat”
using Distinct Element Method (DEM). The program
was developed by Building Research Institute. Viscous
damping was in proportion to momentary stiffness. The
value was 2.0%. For the input wave, we used results
from the shaking table tests in a previous research [3].
One input wave was a random wave for checking the
natural period of the analysis model Figure 19. The other

Figure 21: The weight of an analysis model
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increased at the large amplitude around 1.2 second.
When the pagoda deformed largely, shear deformation
was seen at the first wave. The uplift of a plate under
columns occurred around 1.2 second. The uplift value of
analysis model was smaller than one of the experimental
specimen. Therefore it can be concluded that the
horizontal displacement of analytical model was smaller
than an experimental result.

Figure 22: Dividing method of a roof surface

4 RESULTS AND DISCUSSIONS
4.1 NATURAL FREQUENCY
Figure 23 shows the time history of horizontal
displacement at Daiwa in each floor from the analysis
result of random wave. Daiwa is an element on a column.
The natural frequency of the analysis model was 1.95 Hz.
The value almost agreed with an experimental result.
In this experiment, the maximum input acceleration was
50 gal, and the response deformation angle at the top of
specimen was 1/450 rad. It confirmed that the frequency
of the analysis model was same as one of experimental
specimen in the range of an elastic deformation.

Figure 24: Dividing method of a roof surface
Experiment

Analysis

1st floor

2st floor

3st floor

Figure 23: The time history of horizontal displacement from
the analysis of Random wave

4st floor

4.2 ANALYSIS BY AN EARTHQUAKE WAVE
Figure 24 shows a drawing in the largest deformation.
The shear deformation was seen at the first floor. The
uplift upper the 3rd floor was large especially. The
characteristics of the deformation were same as the
experimental results.
Figure 25 shows the time history of horizontal
displacement at Daiwa, the element on a column, in each
floor of pagoda. The phase of the wave from the analysis
results agreed with the experimental ones. In the first
maximum displacement, the analysis results almost
corresponded to the experimental ones.
However the difference between an analytical wave and
an experimental one at the top and the fifth floor

5st floor

Top

Figure 25: The time history of horizontal displacement at
Daiwa on columns in each floor
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5 CONCLUSIONS
We developed a three dimensional analytical model of
five-storied pagoda including the vertical stiffness of
Kumimono and truss roof as the elements of rocking
motion. In addition, we conducted an earthquake
response analysis. The analysis estimation agreed with
experimental results. It was found that the uplift of a
plate under columns had a great effect on the rocking
motion of each floor. Therefore we need to reconsider
the setting of the spring under the plate and to make a lot
of parametric studies.
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STRUCTURAL INVESTIGATION AND SEISMIC PERFORMANCE
EVALUATION OF TRADITIONAL WOODEN HOUSES IN
GOJOSHINMACHI IN NARA PREFECTURE IN JAPAN
Yasuhiro Nambu1, Mina Sugino2, Sunao Kobayashi3, Noriko Takiyama4,
Chiaki Watanabe5 and Yasuhiro Hayashi6
ABSTRACT: Gojoshinmachi in Nara, which was designated as Important Preservation District for Groups of Historic
Buildings (IPDGHB) in 2010, has a large number of traditional wooden houses. In this area, damage resulting from the
next Nankai earthquake is concerned. Therefore, to understand structural characteristics of the houses in Gojoshinmachi,
first, we conduct structural investigation of several houses and evaluate their seismic performance. Next, we compare
structural characteristics among traditional wooden houses in other 6 regions. The following can be stated. a) The width
of frontage of the houses in Gojoshinmachi is large. b) Yield base shear coefficients Cy in both weak axis and strong
axis are small. Moreover, Cy of some houses in weak axis falls below 0.1. c) The average of Cy is smaller than other
regions. This is because there is a tendency that the width of frontage of house increases, the value of the yield base
shear per unit first floor area decreases.
KEYWORDS: Traditional wooden houses, Structural investigation,
Structural characteristics, Yield base shear coefficients, Width of frontage of house

1 INTRODUCTION iii1

2 OUTLINE OF INVESTIGATION

Gojoshinmachi (Gojo hereafter) in Gojo City, Nara, was
designated as Important Preservation District for Groups
of Historic Buildings (IPDGHB hereafter) in 2010
because there are a large number of valuable traditional
wooden houses. Therefore, they should be protected
against earthquakes such as the next Nankai earthquake.
The purpose of this study is to understand structural
characteristics of the houses in Gojo. First, we conduct
structural investigation of several houses and evaluate
their seismic performances. Next, we compare structural
characteristics among traditional wooden 2-story houses
in other 6 regions.

The investigation on traditional wooden houses in Gojo
was conducted during the 4 days after October 21th 2013.
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2.1 INVESTIGATION DISTRICT
Figure 1 and Figure 2 show the location of Gojo. Gojo
City is located in the mid-west of Nara prefecture
bounding with Osaka and Wakayama Prefecture.
Gojo, which was founded as a castle town of Futami
Castle in 1608, started to develop as a commercial
district just after Edo Shogunate established. After
becoming a Shogunate’s main/important demesne in
1615 the town flourished as an important point along the
Kishu Kaido road that connected Wakayama and Ise [14]. In December 2010 the town was registered as
IPDGHB [5] for the pre-modern townscape with solemn
houses in the Edo period.
We now discuss the history of disasters. Gojo has
experienced numinous fires. 7 great fires occurred
between 1669 and 1838. In 1703, one of them burned
down most of the houses [1-4]. Therefore, many houses
were built after this great fire.
Table 1 shows the major earthquakes that affected Nara
Prefecture since 1703. The seismic intensities in the
table are either measured or estimated values for Gojo
City by reference [6] unless stated otherwise. We
referred to references [1-4] and [6-13] for the earthquake
damages in Gojo and have not found any major damages.
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Miyama

Figure 3 shows the hazard curve of earthquake in 6
IPDGHB. Figure 3 means relationships between the
maximum velocity of the engineering base and
probability of exceedance in 30 years, which means the
higher of probability of exceeding of the maxim velocity,
the higher the risk becomes (National Research Institute
for Earth Science and Disaster Prevention [14]). As
Gojo, Yuasa, and Kiragawa are located near Nankai
trough, the seismic hazards have been greatly increased.

Kyoto
Hirasawa

Ine

Narai
Ise
Gojo

1
Probability of Exceedance in 30 years

Yuasa
Kiragawa

Figure 1: Location of Gojo City in Nara Prefecture

Figure 3: Hazard Curve of Earthquake in 6 IPDGHB [14]
B
1
10
Frequency(Hz)

10

108m
A

Elevation

2.2 TARGET HOUSES
We investigated 12 traditional wooden houses called
Machiya. Out of these 12 houses, we conducted a
hearing survey for 8 houses. The results of the
investigations and earthquake performance evaluations
in the next chapter pertain only to 7 townhouses that
were entirely investigated, and the hearing surveys were
excluded. The building year of each house is as follows:
5 houses in Edo Period, 1 in Meiji Period, and 1 in
Taisho Period. The usage of these houses is residence
except house US, which is an office.

1

0.1

C
1
10
Frequency(Hz)

Figure 2: Detailed Map of Gojo and Result of Microtremor
Measurements

Table 1: Major Earthquakes Affected Nara Prefecture
A.D.
1707
1854
1936
1944
1946
1952

Seismic
Damage
intensity
Unknown
[10]
Unknown
5
5
None
5
None
4
None
5
None
5
Unknown
[13]
None
4

Earthquake
Hoei
Iga-Ueno
Ansei Tokai
Ansei Nankai
Kawachi-Yamato
Tonankai
Nankai
Yoshino

0.1

0.01
0
50
100
150
Maxim velocity of engineering base (cm/s)

1
10
Frequency(Hz)

1

0.1

101m

A

10

H/V

B

1

0.1

H/V

C
105m

H/V

10

Ine
Miyama
Kyoto
Gojo
Yuasa
Kiragawa

2.3 DETAILS OF INVESTIGATION
We conducted the following investigation.
a) Structural investigation
Draw plane and cross-sectional diagrams for each
floor of the house for evaluating seismic performance.
b) Vibration investigation
Perform micro tremor measurements to understand
the earthquake amplification characteristics of the
ground and the vibration characteristics of the house.

Table 2: Structural and Vibration Investigation (*Since walls was covered with decorative materials, the number is unknown.)
Name
Building
Number
of
year
of stories
house (A.D or era)
KT
YYS
NY
SM
TY
YM
SK

1607
Tsushi 2
1854-1860
2
1704
Tsushi 2
1912-1926
2
End of Edo
2
1854-1860 Tsushi 2
Early Meiji
2
Average
Standard deviation

Height H
(m)
1st story
2.7
2.7
2.9
2.8
2.3
2.9
2.8
2.7
0.2

2nd story
1.3
2.4
1.6
3.0
2.2
1.9
2.4
2.1
0.6

2nd floor
area

1st floor
height H f
(mm)

1st floor
area
A 1(m )

A 2 (m )

350
380
275
200
485
430
340
351
95

216
180
166
106
101
88
83
134
52

22
92
41
92
49
67
66
61
26

2

2

Number of Dimension
column of of standard
1st floor
column
N c1
(mm)
56
72
54
-*
33
38
38
49
15

135
125
150
120
120
125
115
127
12

Length of full wall
of 1st floor
L 1 (m)
Width
9.9
4.9
8.8
7.8
4.8
6.3
1.9
6.3
2.7

Depth
22.1
28.3
26.8
18.3
16.8
13.3
21.8
21.1
5.4

Weight
W (kN)
700
655
563
694
450
430
525
574
112

Natural frequency
f (Hz)
Width
2.9
2.7
3.0
4.0
3.0
2.4
2.5
2.9
0.5

Depth
3.5
3.3
4.0
4.7
4.2
3.6
5.0
4.0
0.6

Yield base shear
coefficients
Cy
Width
0.16
0.06
0.14
0.07
0.08
0.10
0.04
0.09
0.04

Depth
0.23
0.21
0.28
0.21
0.29
0.26
0.39
0.27
0.06
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c) Deterioration investigation
Check the condition of biological deterioration such
as rotting and termite damage and measure the relative
humidity for each floor and moisture content of the
columns. Check under the floor if possible.
d) Hearing surveys
Conduct hearing surveys with carpenters on the
construction method and maintenance way of the
house. Also conduct a hearing survey with the
resident on the maintenance mainly.

3 RESULTS OF INVESTIGATION
This chapter shows the results of the structural, vibration,
and deterioration investigations as well as the hearing
surveys. The structural characteristics are discussed in
section 3.1, the vibrational characteristics of the grounds
and the houses in section 3.2, and the deterioration
conditions, maintenance in section 3.3.

among other regions [15]. Also, we don’t count
semicolumns as Nc1. If we couldn’t see some columns
due to walls covered by decorative boards, we identified
existence of the columns by plans in [3,4]. In addition,
there are several houses whose columns covered with
whole or side surface by decorative boards. This is
because of reusing materials after-mentioned and
disguising rotting and vermiculation.
The foundations are stones, and groundsills are often
used under the side walls.
In the past it was a common practice to reuse materials
from houses that had been either moved or renovated for
building new houses. Every house has undergone
extensions or renovations; in particular, house SM has
had its arrangement of the first floor changed.

3.1 STRUCTURAL CHARACTERISTICS

the number of columns on the 1st story per unit 1st
floor area Nc1/A1 is 0.37 1/m2. This value is fewer

Figure 4: Continuous Plan of Gojo [4]

8640
2880 1920 3840

Main house

8640
2880 1920 3840

A' A [ii]

A

A'
[iii]

[i]

Tsunoya

[iv]
Storehouse

(c) A-A'Section

Column
Full Wall
Hanging Wall
Sashigamoi
Dirt Floor

Main house

Tsunoya
Strong axis

[v]
Storehouse

Weak axis

Annex

Annex

(a) 1st floor

(b) 2nd floor

(d) Roof plan

Figure 5: Plans and Cross-sectional Diagrams of House TY in
Gojo and Measuring Points by Microtremor Measurements

Width of frontage (m)

Figure 4 shows a continuous plan of Gojo [4], and
Figure 5 shows the plans and cross-sectional diagrams of
house TY as an example of a traditional wooden house
in Gojo.
The roof shapes are either gable or hip. The roofing is
done in clay tiles (either San-Kawara style or HonKawara style) with mud paving. All of the houses have
the entrance on the ridge (width) direction, which is
parallel to the front road, and the span (depth) direction
is perpendicular to the road. The number of stories is
either 2 or Tsushi 2. House of Tsushi 2 stories is
Japanese 2-story house and has 2 story of which height is
short as shown in Table 1. Thus, the standard deviation
of height of 2 story is taller than that of 1 story.
The house arrangements include Machiya townhouse
styles with 1 to 3 rows. Every house contains a Niwa
(dirt floor) excepthouse SM, which have been renovated.
Some houses have additional rooms such as Tsunoya
behind the main house, as shown in Figure 4 and 5
Hereafter. Tsunoya is defined as an additional room
connected perpendicularly to the main house, and the
main house is defined as the main structure excluding
the additional rooms.
Figure 6 shows the relationship between the number of
rows in the houses and the width of frontages. A
frontage is defined as the front side of the house facing
the road. The figure indicates that the width tended to
increase as the number of rows increased.
The side walls are all made of mud. As shown in house
TY in Figure 5, the depth direction has many sides filled
with side walls, while few sides entirely are covered by
walls in the width direction.
According to the hearing with carpenters, materials used
for the frame work are hinoki cypress or Japanese cedar
for the columns, local pine for the beams, hinoki cypress
(chestnut in the past) for the groundsills, and oak for the
inserts between the column and the beams.
The dimensions of standard column are 115 – 150 mm
and are often around 120 mm in Table 2. The average of

20
15
10
5
0

1
2
3
Number of rows in the houses

Figure 6: Relationship between the Number of Rows in the
Houses and the Width of Frontage
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For measurements over-damped accelerometers with 2
horizontal components and 1 vertical component were
used. In the time of the measurements of the house
multiple accelerometers were used simultaneously, while
only one accelerometer was used in multiple locations
for measurements on the ground. The sampling
frequency was 100 Hz and the measuring interval 5
minutes. The data were split into sections of interval
40.96 seconds, transformed by Fourier transformation,
taken the ensemble average, and smoothed by the Parzen
Window processing with the band width of 0.1 Hz. We
did not filter with any other process.
The natural frequency f is defined as the frequency of the
peak oscillation in the Fourier spectrum of the data from
the second floor with respect to those from the ground.
The dominant frequency of the ground is estimated by
the peak frequency in the H/V spectrum.
First, we discuss the results of the microtremor
measurements on the ground. Figure 2 shows the
locations of the measurement locations A, B and C as
well as the H/V spectrum at each location. The elevation
along the Shinmachi Street is 101 m in the center, 108 m
in the west, and 105 m in the east, making the central
part lower than the east and west sides by 4-7 m [4]. The
measurement locations A, B, and C are located in the
west, the center, and the east. However, the dominant
frequency is 2.0 – 3.0 Hz at every location.
Secondly, we discuss the results of the microtremor
measurements in the houses. Figures 5 and 7 show the
microtremor measurements made in house TY. In the
figure, [i]-[v] indicates the measuring points. Figure 7
indicates the Fourier spectra, with respect to the ground
([i]), at the second floor of the main house ([ii], [iii]), of
the storehouse ([iv]), and of the annex ([v]).

30

3.0Hz

20

6.1Hz
4.7Hz

10
0

50

[ii]/[i] (main house)
[iv]/[i] (storehouse)

40

Spectral ratio

Spectral ratio

50

0

2

4
6
Frequency (Hz)

(a) Width direction
storehouse-main house

0

2

50
[iii]/[i] (main house)
[v]/[i] (annex)

40
30

Spectral ratio

Spectral ratio

7.8Hz

3.0Hz

20
2.4Hz

10
0

2

4
6
Frequency (Hz)

4
6
Frequency (Hz)

8

(b) Depth direction
storehouse-main house

50

0

20
10

8

30

4.2Hz

20
4.7Hz

10
0

0

(c) Width direction
main house-annex

2

6.4Hz

4
6
Frequency (Hz)

We conducted deterioration investigations under the
floor in four houses: House YYS, NY, TY, and YM. We
also managed to conduct a humidity measurement only
in house SK.
Firstly, termite damage was checked by visual and
tapping, and we found the possibility of damage under
the floor or column on the first floor of houses YYS, TY,
and NY. According to the hearing surveys with the
residents of all the 8 houses, 3 out of the 8 residents
found termite damage in their houses upon replacing
columns and the floors in the past 15 to 30 years. The
carpenters reported that white ants were present in the
area and have been causing problems in many houses.
Figure 8 shows the relationship between the average
moisture content of the columns and the relative
humidity under the floor, 1st and 2nd floors. Figure 9
shows relationship between the average moisture content
of the columns and the relative humidity under the floor
and 1st floor height Hf. Here, 1st floor height Hf
indicates the height from the dirt floor to the floor of the
1st floor.

80
60

under floor
1st floor
2nd floor

40
20
0
0

20
40
60
80
Relative humidity (%)

100

Figure 8: Relationship between the Average Moisture Content
of the Columns and the Relative Humidity under the Floor, 1st
and 2nd Floors

[iii]/[i] (main house)
[v]/[i] (annex)

40

3.3 DETERIORATION CONDITIONS AND
MAINTENANCE

100

4.2Hz

30

0

8

[ii]/[i] (main house)
[iv]/[i] (storehouse)

40

the storehouse, as shown in Figure7 (a) and (b). The
natural frequency f of the depth direction was 4.2 Hz in
the main and annex and 7.8 Hz in the storehouse. In
other words, each building was oscillating independently
in the width direction, while in the depth direction the
main and annex were oscillating together through the
external walls.
Lastly, we show the results of the microtremor
measurements done in each house on Table 2.
The natural frequencies f range from 2.4 to 4.0 Hz in the
width direction and from 3.3 to 5.0 Hz in the depth
direction. f of the depth direction was higher than that of
the width direction in every house.

Average moisture content (%)

3.2 VIBRATIONAL CHARACTERISTICS OF
THE GROUNDS AND THE HOUSES

8

(d) Depth direction
main house-annex

Figure 7: Spectral Ratio of House TY

The natural frequency f of the width direction was 3.0
Hz in the main house, 2.4 Hz in the annex, and 4.7 Hz in

As shown in Figure 8, the average moisture content of
the columns in the 1st and 2nd floors was around 13 22 % regardless of the relative humidity on each floor.
On the other hand, the moisture content of the columns
tended to be high for higher relative humidity under the
floor. Also, the average moisture content of the columns
under the floor exceeded 20 %, above which the material
is subject to rotting [16]. The average height of the floor
was about 350 mm, which was well below the desirable
height of 600 mm for inspection, rot-proof, and termiteproof [16]. While, Figure 9 shows no clear correlation
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Rerative humidity,
(%)
Average moisture content

between the height of the floor, the relative humidity
under the floor, and the average moisture content of the
columns.

100

rerative humidity
average moisture content

80

4.2 WEIGHT W
Figure 10 shows the relationship between the area of the
1st floor A1 and the weight W, and Figure 11 indicates the
weight per unit 1st floor area W/A1 for each house.
Figure 11(b) shows that the weight of the mud walls and
the roof comprised 45 – 60 % and 25 – 40 % of the total
weight, respectively, together making up more than 80 %.

60
40

800
700
600
500
400
300
200
100
0
0

Weight W (kN)

20

(under floor)
0
200 250 300 350 400 450 500
Floor height H (mm)
f

Figure 9: Relationship between the Average Moisture Content
of the Columns and the Relative Humidity under the Floor and
1st floor height Hf

live load
others

mud wall
roof+purlin
floor+floor beam+ceiling

live load
others

100
W/A1 (%)

80
60
40

House

(a) W/A1

SK

TY

YM

NY

SM

KT

0

YYS

SK

YM

TY

NY

20
SM

Yield base shear coefficient Cy is defined below in Eq.
(1).
(1)
Cy = Qy / W
Here, the yield base shear Qy is the story-shearing force
at 1st story drift of 1/30 rad and weight W is defined as
the weight from the half of the height of the 1st story to
the top.
The calculation of W was done with the values for fixed
load and movable load according to Enforcement Order
of the Building Standards Law of Japan.
The yield base shear Qy was calculated by simply adding
the restoring force characteristics of the resistant
elements in the width and depth directions. The resistant
elements included full walls, hanging walls, and
Sashigamoi, and the restoring force characteristics of
each element was based on reference [17].
We list below the main assumptions.
a) The full wall contains 3 crosspieces.
b) For the side walls, only the thickness of the walls
between the columns have/has restoring force. We
incorporate the weight of the entire thickness of side
walls.
c) For the walls with decorative panels, which did not
allow us to fully understand the structure, we did not
consider them as resistant elements.
d) Only hanging walls with length longer than 900 mm
were considered to have restoring force, and no
correction was made on the restoring force for the
length of the hanging wall. A hanging wall does not
have restoring force unless its upper portion is
incorporated in the framework.

7
6
5
4
3
2
1
0

KT

4.1 DEFINITION OF YIELD BASE SHEAR
COEFFICIENT METHOD

mud wall
roof+purlin
floor+floor beam+ceiling

YYS

Based on the structural investigation we calculate the
yield base shear coefficient Cy as one of the indicators
for seismic performance.

Figure 10: Relationship between the 1st Floor Area A1 and the
Weight W

W/A 1 (kN/m2)

4 CALCULATION OF FIELD BASE
SHEAR COEFFICIENT Cy

W = 1.43A1 + 382
R= 0.67
50 100 150 200 250 300
1st floor area A1 (m2)

House

(b) W/A1 (%)

Figure 11: Weight per Unit 1st Floor Area W/A1 for Each
House

4.3 YIELD BASE SHEAR COEFFICIENT Cy
Figure 12 shows the yield base shear per unit 1st floor
area Qy/A1 for each resistant element, and Figure 13
indicates the yield base shear coefficient Cy.
We first discuss the restoring force of the houses.
Figure 12 shows that Qy/A1 is higher in the depth
direction, which is perpendicular to the road and
contains full walls, than in the width direction, indicating
a specific direction. The main resistant element was the
full walls, and hanging walls and Sashigamoi had low
yield strength.
Figure 13 shows that Cy in the width direction was lower
than 0.2 in all the 7 houses, 5 of which had lower values
than 0.1. Most of the houses had Cy of around 0.2 in the
depth direction, which was not so high.
Figure 14 shows the relationship between the natural
frequency f and Cy in each direction for the target house.
The Figure also contains the regressions curves of
Machiya townhouses obtained from the previous
investigation [18]. Figure 15 shows the relationship
between the natural frequency f and the full wall length
on the 1st floor per unit 1st floor area L1/A1.
Figures 14 and 15 indicate correlation between Cy and
L1/A1 for all houses except for house SM. House SM had
a major renovation on the first floor, which did not allow
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us to capture the entire structure, so the length of the full
wall could have been underestimated.
3
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Figure 16: Comparison between the Average Cy Values for
Each Community
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Figure 12: Yield Base Shear per Unit 1st Floor Area Qy/A1 for
Each Resistant Element
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yield base shear coefficient as the weak axis and the
direction with high coefficient as the strong axis.
Figure 16 shows the comparison between the average Cy
values for each region. In both the weak and strong axes,
the houses in Gojo had lower Cy values than those in
other regions.

(b) Depth direction

1
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Figure 14: Relationship between the Natural Frequency and
Cy in Each Direction for the Target House.
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Figure 15: Relationship between the Natural Frequency f and
the Wall Length per Unit 1st Floor Area L1/A1

4.4 COMPARISON WITH OTHER REAGIONS
In order to understand the characteristics unique to the
houses in Gojo, we compare the weights and yield
strength to traditional houses in other communities.
Figure 1 shows the 6 target areas, which are, from the
north, Hirasawa [19], Narai [20], Kyoto [21], Ise [22],
Yuasa [23], Kiragawa [24]. Only the houses with two
floors were chosen for comparison. Ise and Yuasa have
some houses with entrances on the gable sides, so we
made comparisons by defining the direction with small

2
1
0

Kiragawa

0
0

house SM

Gojo

0.2

3

Yuasa

Cy=(f-1)/10

4

Ise
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5
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0.6

Kyoto

Cy=f 2/60
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width
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0.8

W/A1 (kN/m2)

Yield base shear coefficient C

y

Figure 13: Yield Base Shear Coefficient Cy

In order to understand the reason for the low Cy values,
we first focused on the weight. Figure 17 shows the
comparison between weights per unit 1st floor area W/A1
for each region. The Figure displays that the W/A1 of
Gojo did not differ much from those of other regions
except for Narai, where roofing is often done with
galvanized iron.

Figure 17: Comparison between Weights per Unit 1st Floor
Area W/A1 for Each Community

We now look into the yield strength. Figure 18 shows
the comparison between the average Qy/A1 values and
their breakdowns for each region. The figure shows that
the houses in Gojo had lower Qy/A1 in both the weak and
strong axes than those in other regions. The Qy/A1 values
of the handing walls are also low, indicating that Gojo
has houses with short hanging walls.
Figure 19 shows the comparison between the average
widths and depths for each region. Also, Figure 20
shows the relationship between the width-to-depth ratio
(width/depth) and the Qy/A1 in the strong axis, and
Figure 21 shows the relationship between the width and
Qy/A1 in the weak axis for each region. Here, the depth
is the length between the front of the main house and the
opposite end. Figure 19 shows that width-to-depth ratio
and width are highest in Gojo. In the strong axis (depth
direction), Figure 20 shows that Qy/A1 tends to
decreasing with increasing width-to-depth ratio. This is
due to the fact that the houses in Gojo have relatively
shallow depth compared to the width of the main house,
making the walls in the depth direction short. In the
weak axis (width direction), Figure 21 shows that Qy/A1
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tends to decrease with increasing width. Figure 5 shows
that the only full walls in house TY in Gojo are located
in Niwa, which indicates that the houses in Gojo have
long width but do not have comparable amount of full
walls.
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others
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1.5
1
0.5
0

(a) Weak(width)

Kiragawa

Gojo

Yuasa

Ise

Kyoto

(b) Strong(depth)

Figure 18: Comparison between the Average Qy/A1 Values and
Their Breakdowns for Each Community
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Figure 19: Comparison between the Average Widths and
Depths for Each Community
Gojo

3.5
3
2.5
2
1.5
1
0.5
0
0

Others

Qy/A1 (kN/m2)

Strong axis

house TY

0.5

1

1.5

2

2.5

width/depth

3

3.5

Figure 20: Relationship between the Width-to-depth Ratio
(width/depth) and the Qy/A1 in the Strong Axis for Each
Community
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The following can be stated regarding the traditional
wooden houses in Gojoshinmachi.
a) The width of frontage of the houses in Gojoshinmachi
is large.
b) Yield base shear coefficients Cy in both weak axis and
strong axis are small. Moreover, there are houses of
which Cy in weak axis fall below 0.1.
c) The average of Cy is smaller than other regions. This
is because there is a tendency that the width of
frontage of houses increases, the value of the yield
base shear per first floor area decreases.
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STATIC LOADING TESTS AND SEISMIC PERFORMANCE EVALUATION
OF TWO-STORIED TRADITIONAL WOODEN FRAMES
Yasuhiro Hayashi1, Mina Sugino2, Saki Ohmura3, Satomi Tokuoka4
ABSTRACTS: There are a lot of traditional wooden houses forming the historical townscape in Japan. It is very
important to develop more rational seismic performance evaluation methods and to carry out the seismic retrofit of
traditional wooden houses in order to preserve these houses against severe earthquakes.
In this paper, to develop a seismic performance evaluation method considering the interaction effects of the first and
second stories by through columns passing straight through two stories, we have carried out the static loading tests of
two-storied traditional wooden frames and its simulation analyses. As the experimental results, asymmetry property of
the restoring force characteristics due to the uplift and pull-out of columns was observed. Then, we have demonstrated
that the experimental results are simulated by the frame analysis model and our simple proposed evaluation method by
practical precision.
KEYWORDS: Traditional wooden houses, Static loading tests, Seismic performance evaluation, Analysis model

1 INTRODUCTION 123

2 OUTLINE OF EXPERIMENTS

There are a lot of traditional wooden houses forming the
historical townscape in Japan. On the other hand, there
are many wooden buildings collapsed in the Hyogo-ken
Nambu, Kobe earthquake in 1995. Therefore, it is very
important to develop more rational seismic performance
evaluation methods and to carry out the seismic retrofit
of traditional wooden houses in order to preserve these
houses against severe earthquakes.
In this paper, to develop a seismic performance
evaluation method considering the interaction effects of
the first and second stories by through columns passing
straight through two stories as well as the breakage of
through columns, we have carried out the static loading
tests of two-storied traditional wooden frames and its
simulation analyses.

2.1 SPECIMENS
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Two types of two-storied specimens Cw and Cn are used
for the static loading tests as shown in Fig. 1. The hight
of the first and second stories of the specimens is
3,055mm and 2,670mm, respectively. The two
specimens have ‘through columns’ on both sides which
pass straight through two stories. The specimen Cw have
walls which are made of dry mud panels [1] at both the
first and second stories, although the Cn have a wall only
at the second story. Walls are installed asymmetrically
for both specimens. Thickness of dry mud panel is
26mm and dry mud panels are fixed to the crosspieces
by screws. Figure 2 shows the details of mortise and
tenon joints in the specimens. The properties of woods in
this experiment are listed in Table 1.
These two specimens are used for shaking table tests
beforehand [2]. Namely, the beams and columns are
reused for the specimens for static loading tests because
all members are not damaged seriously except for the
pins at beam-column joints in the shaking table tests as
shown in Section 3. But, the damaged pins at all the
beam-column joints are replaced by new ones.
As shown in Fig.1, the shear deformation angle of the
whole specimen R is the horizontal displacement of the
top of the specimen divided by the height 5,725mm. The
shear deformation angle of the first story R1 and that of
the second story R2 are the relative horizontal
displacement between the beam and the column base of
the specimens divided the relative height 3,055mm and
that between the top and the beam divided the relative
height 2,670mm, respectively.
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Table 1: Properties of woods

Wood species

Dimension

Young's
modulus

acceleration of each story gives the inertial force of each
story. Shear force at the first story Q1 is calculated by the
summation of the inertial force of the first story and
second story. The Natural frequency of the specimen Cn
and Cw before shaking tests are 1.3Hz and 2.5Hz,
respectively.
The shaking table is excited by one direction and
controlled by displacement. Figure 4 shows a sinusoidal
pulse, a Ricker wavelet and an artificial earthquake
ground motion used in this experiment as the input
motions.
The acceleration of the sinusoidal pulse is made by one
cycle of a sine wave and the pulse period Tp is the period
of one cycle. The Tp of the Ricker wavelet is the peak of
its Fourier spectra. The Dp is the maximum displacement
of the input waves. In contrast, the artificial earthquake
ground motion which continues for a long time
compared to the sinusoidal pulses and the Ricker wavelet
is also used in this experiment. The artificial earthquake
ground motion continues in 165 seconds and made by
using the random phase to be suitable for the standard
acceleration response spectra (damping ratio 5%) on the
free engineering bedrock at the safety limit (level 2) in
Building Standard Law of Japan.

*

2

(mm)
Column Japanese cypress 120x120
Beam Oregon pine
270x120
Joist
Oregon pine
120x120
Pin
Oregon pine
15x15

(N/mm )
9000
10000
10000
10000

* Young's modulus is evaluated from the past study
910

2400

Dry mud
panels

2400
400 120

3055

5725

270

2670

270

2730

(a) Specimen Cn

(b) Specimen Cw

Figure 1: Two types of specimens (Unit : mm)
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Figure 3: Schematic view of shaking table tests
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120
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(a) Specimen Cn

180

15
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(e) Joint D

Disp. (mm)

Joint D

120
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Joint A
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0

Figure 2: Joints in the specimens (Unit : mm)

T =2.0
p

3
Time (s)

T =1.0

T =0.5

p

p

4.5

6

(a) Sinusoidal pulse

150

Disp. (mm)

In the shaking table tests, specimens are composed of the
same two parallel two-storied wooden frames combined
by binding beams, horizontal structural plywood and
vertical stainless steel brace as shown in Fig. 3. The
constant vertical weight on the first and second floor and
ceiling are about 3.7kN, 19.6kN, and 19.6kN,
respectively. To calculate the inertial force, the mass of
the first story and second story are calculated by the
summation of the constant vertical weight, the mass of
the wooden frame and the walls per one structural plane.
The mass of the first and second story of Cn are 1.24ton,
1.20ton. The mass of the first and second story of Cw are
1.25ton, 1.20ton. Multiplying the mass by the

p

1.5

T =0.7
p

100
50
0

200
100
0
-100
-200

0

1.5

3
Time (s)

4.5

6

(b) Ricker wavelet

Disp. (mm)

2.2 SHAKING TABLE TESTS [2]

T =3.0
0

0

20

40

60

80
100
Time (s)

120

(c) Artificial earthquake ground motion
Figure 4: Displacement of input waves

140

160
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2.3 STATIC LOADING TESTS
To allow the uplift and sliding at the bottom of column,
the columns are just set on the flat stone and not fixed at
all. Constant vertical weight 28.8kN, which corresponds
to fixed load and live load, are applied at the top of
specimen. Then, cyclic loading tests with gradually
increasing displacement amplitude are conducted. The
shear deformation angle R of specimens are defined as
the horizontal displacement of the top beam devided by
the height of through column 5.575m. The half of the
maximum amplitude of displacement at the roof level is
about 1m to make the maximum shear deformation angle
up to 0.2 rad. To apply such a large deformation, the
following loading system has been employed as shown
in Fig.4 [3].

the column more than 36mm at the center column, and
broke the pin at the center column. The pin of the left
end of the joist was broken and the wall at the first story
cracked at the upper part. However, no through column
broke in the shaking table tests because of the
performance limit of the shaking table.

36
R1=-0.047

(a) Specimen Cn

65

(b) Specimen Cw

Figure 6: Maximum deformation of specimens excited by
Ricker wavelet Tp=0.7s, Dp=250mm (Cn), -250mm (Cw)
(Unit : rad, mm)
Steel beam

Load

Put inside

(-) (+)
Loading system

Specimen

Figure 5: Schematic view of static loading tests

The loading frame consists of two steel plane frames.
Each frame has two pillars and two horizontal beams and
is connected each other so that their movements should
be same. The pillars are supported by pin joints at the
bottom, and the horizontal beams are also connected to
the pillars by pin joints. Therefore, the loading frame is
unstable but flexible in the in-plane direction. To apply
the horizontal displacement to a specimen, the specimen
is connected to the loading frame through load cells at
roof level. In-plane horizontal displacement of a
specimen is controlled by a hydraulic jack, whose stroke
is 1m, connected to the pillars of the loading frame. We
perform the loading by amplifying displacement using
the principle of the lever. The positive and minus
deformation angles are loading in the right and left
directions, respectively. Horizontal load to the specimens
are measured by the load cells set between the top beam
of the specimens and the loading frame.

3 RESULTS OF EXPERIMENTS
3.1 SHAKING TABLE TESTS [2]
Figure 6 shows the maximum deformation of specimens.
Figure 6 is calculated from the deformation of each story
and the rotation of each joint excited by the Ricker
wavelet Tp=0.7s, Dp=250mm (Cn), -250mm (Cw).
The uplift and pull out of columns are shown in the
figure. There was no wall at the first story but the
specimen Cn deformed equally between at the first and
second story. The rotation of the wall at the first story of
Cw without shear failure caused the uplift of the column
base about 65mm at the right column and the pull out of

We also investigate the relationship between the
horizontal movements of the column bases after each
excitation because the column bases are not fixed at all.
However, the horizontal movements of the column bases
for the specimens Cn and Cw were very small for the
sinusoidal pulses and the Ricker wavelets. The
horizontal movement of the column base was caused by
uplift of the column base and the sliding of the specimen
was not observed. This is because the strength of the
specimen was not so large that the base shear force does
not exceed the sum of the static frictional force at the
column base.
Figure 7 shows the relation between the shear force Q1
and the deformation angle R1 at the first story for the
specimen Cw. In Fig. 7, the Ricker wavelet Tp=0.7s,
Dp=-250mm excitation is shown in the solid line. The
shear force is calculated as one structural plane. As Fig.
7 indicates, the restoring force characteristics were
asymmetrical. In negative, the shear force did not
increase until in positive and only the deformation angle
increaseed because of the uplift of the column.
10

Shear force Q1 (kN)

Pin

R1=-0.087
8

Linking

Steel pillar

7
R2=-0.059

R2=-0.038

5
0
-5

-10
-0.12

Ricker
wavelet
Tp=0.7s
Dp=-250mm

-0.06
0
0.06
Shear deformation angle R1 (rad)

0.12

Figure 7: Hysteresis characteristics of the first story of Cw
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the interaction effects of the through columns and the
multi-story wall, since the second story is same between
the specimen Cn and Cw. Then, the difference cannot be
explained by the current seismic performance evaluation
method [4] in Japan that does not consider the effects of
through columns.
12

Horizontal load (kN)

3.2 STATIC LOADING TESTS
Each static loading test finishes when the horizontal load
vanishes when the R increases. Figure 8 shows the final
deformation and damage status of the two specimens.
Figure 9 shows the restoring force characteristics of the
two specimens.
As for the specimen Cw, no through column was broken,
but the dry mud panels at the first and second stories
were broken as shown in Fig.8(a). The uplift of the rightside through column at the bottom (see Fig.8(c)) and the
pull-out of the center column from the beam at the top of
the first story were observed. But the breakage of the
through columns for the specimen Cn was observed at
the R of -0.1rad as shown in Fig. 8(b).

8

Uplift of
left column

4

Shear cracks
of wall

0
-4
-8 Decrease of uplift
of right column

Uplift of right column
Pull out of center column

-12
-0.18 -0.12 -0.06 0
0.06 0.12 0.18
Shear deformation angle R (rad)
(a) Specimen Cw

(a) Specimen Cw (R=-0.15rad)

Horizontal load (kN)

12
8

Shear cracks of wall

4
0
-4
-8

Breakage of columns

Uplift of
right column

-12
-0.18 -0.12 -0.06 0
0.06 0.12 0.18
Shear deformation angle R (rad)
(b) Specimen Cn
Figure 9: Restoring force characteristics
(b) Specimen Cn (R=-0.1rad)

4 SIMULATION ANALYSIS
4.1 ANALYSIS MODEL

(c)

Uplift of the right column (Specimen Cw)

Figure 8: Final deformation mode

From the restoring force characteristics shown in Fig. 9,
an asymmetry property due to the uplift and pull-out of
columns is observed. In addition, the big difference in
the restoring force characteristics of the two loading
directions is also observed. This difference is caused by

The frame analysis model which can consider the
structural properties of traditional wooden houses such
as uplift of column base and pull out of column is
employed on the basis of the previous studies [5-12].
The frame analysis model of the specimen Cw is shown
in Fig. 10. The beams and columns are simulated by
elastic line element. The stiffness is determined by the
cross section and Young’s modulus of woods. The
Young’s modulus of the Japanese cypress and Oregon
pine are 9.0x103N/mm2 and 1.0x104N/mm2, respectively
[5]. The column base has an axial spring which is elastic
in a compression side and free in a tension side on the
pin joint to express uplift. The stiffness in a compression
side is determined to be the same Young’s modulus with
the columns.
Elastoplastic axial and rotational springs are placed at
each joint [6-12]. The moment resistance of each joint
consists of compressive force inclined to the grain,
compression frictional force and resistance force of a pin.
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loading tests including the failure mode by using the
frame analysis model.
Cw (Exp.)
Cn (Exp.)

10
Horizontal load (kN)

The restoring force characteristic of rotation is a trilinear slip type which is the superposition of moment
resistance calculated from the compressive force inclined
to the grain, the compression frictional force and the
resistance force of a pin. The restoring force
characteristic of the axial force is a bi-linear slip type
which is the compressive force inclined to the grain in a
compression side and the resistance force of a pin in a
tension side.
The walls made of dry mud panels are expressed by the
braced model which has the same lateral strength as the
past experimental data of the dry mud panels. The
restoring force characteristics of the braces are modelled
as a tri-linear slip type.

Cw (Analysis)
Cn (Analysis)

5
0

-5

-10

-0.12 -0.06
0
0.06 0.12
Shear deformation angle R2 (rad)

Figure 11: Restoring force characteristics of the second stories
for the two specimens

Figure 10: Analysis model for specimen Cw

4.2 SIMULATION OF STATIC LOADING TESTS
Push-over analyses are conducted to simulate the static
loading tests using the frame analysis model. In the
simulation analysis, P effects are also taken into
account. The restoring force characteristics of the second
stories for the two specimens are shown in Fig. 11. The
asymmetry property and the difference between the two
specimens is well simulated by using the analysis model.
Next, the uplift of the right column base in comparison
with the experimental value for the specimen Cw is
shown in Fig. 12. Except the tendency that the uplift of
the column base decreases as the shear deformation
angle R increases and the damage of dry mud panels
progresses, the analysis result almost agrees with the
experimental value. Finally, the relationship between the
shear deformation angle R and the bending stress of the
column at the joint is shown in Fig.13. The bending
strength obtained from a material test is also shown in
the same figure. From this figure, the through column is
not broken in the analysis while the column was broken
in the static loading test. This may be due to the
underestimation of the strength of dry mud panels in the
analysis and low shear force of the column. Therefore, it
is very important to estimate the strength of dry mud
panels in order to simulate the results of the static

Experiment
Analysis

60
40
20
0

-20

-0.12 -0.06
0
0.06 0.12
Shear deformation angle R (rad)

Figure 12: Uplift of the right column base in comparison with
the experimental values for specimen Cw

70
Bending stress (N/mm2)

:: Axial spring
: Rotational spring
: Rigid joint
: Pin joint

Uplift disp. (mm)

80

60

Material strength

50
40
30
20
10
0
0

-0.03 -0.06 -0.09 -0.12 -0.15
Shear deformation angle R (rad)

Figure 13: Bending stress of column at joint for specimen Cn

Then, the shear force of the through columns is studied
using the frame analysis model. Figure 14 shows the
total shear force of the through columns at the first and
second stories. Although the structure of the specimen
Cn and Cw is same at the second story, the shear forces
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6
5
4
3
2
1
0
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Shear deformation angle R (rad)
(b) Left direction

4
2

1F
2F

0

Figure 15: Restoring force characteristics obtained by frame
analysis of specimen Cw

5 SEISMIC PERFORMANCE
EVALUATION

-2
-4

6

(a) Right direction

4

-4

7

1F
2F

6

-2

Total shear force of columns (KN)

8

Horizontal load (kN)

Total shear force of columns (KN)

is completely different from each other. As for the
specimen Cn, shear force at the second story is acting
opposite to the direction of that at the first story. As for
the specimen Cw, the shear force at the first and second
stories is acting to the same direction. In addition, the
shear force in Cw is very small compared to that in Cn.
Considering that the restoring force of Cw is larger than
that of Cn (see Fig. 11), the large restoring force is born
by dry mud panels and the shear force of the through
columns is drastically reduced by dry mud panels.

0

0.03
0.06 0.09 0.12
0.15
Shear deformation angle R1, R2 (rad)
(b) Specimen Cn

Figure 14: Relationship between total shear forces of through
columns and shear deformation angles R1 and R2

Finally, the effects of constrain condition at the column
base on the restoring force characteristics are studied for
specimen Cw. Figure 15 shows the relationship between
the horizontal load and the shear deformation angle R.
Push-over analyses are carried out using the analyses
model with or without the column base uplift. The
restoring force characteristics do not depend on the
consideration of uplift of the column base for the loading
in the right direction. But the restoring force
characteristics for the loading in the left direction is
strongly dependent on uplift of the column base.
Therefore, the asymmetrical property of the restoring
force characteristics is due to the uplift of the column
base.

5.1 METHODS FOR EVALUATION
The maximum values of the shear deformation angles R,
R1 and R2 is calculated from the following approximate
methods based on a capacity spectrum method [4, 13-15].
a) Push over analyses are conducted to determine a Q curve for each story by using the frame analysis
model. External force distribution is determined
based on Ai distribution defined in the Building
Standard Law in Japan. Generally speaking, the
restoring force characteristics varies according to a
direction. Therefore, push over analyses are
conducted for right and left directions.
b) After the 2-DOF system are transformed into a SDOF system [15], the maximum response of the SDOF system is calculated by using a capacity
spectrum method [4, 13-15]. We assume big one the
maximum from the maximum response values
calculated for the left and right loading directions.
5.2 VALIDITY OF EVALUATION
To demonstrate the accuracy of the evaluation method,
the simulation analyses of the shaking table tests are
carried out. Sinusoidal pulses and Ricker wavelets,
whose Tp is 0.5s to 3.0s, are used as input motions. Since
the input motions are pulse like waves, the following
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Fh (h) = 1 + 0.05π  / 1 + hπ 

(1)

R

1max

(Evaluation) (rad)

Figures 16 show the comparison of the maximum shear
deformation angle of the first story R1max and the
maximum uplift displacement of the columns between
the evaluated values and the experimental results. When
the R1 becomes large, the accuracy of the evaluation of
the R1 is not high. However, the evaluated values of the
maximum uplift displacement of the columns show good
correspondence to the experimental results with
satisfactory precision. Additionally, we have confirmed
that we can evaluated the maximum responses of the two
storied frame under random input waves with
comparable precision.

completely different by the loading direction. Namely,
the large uplift and pull-out of the column is evident in
the right direction but the yield of the wall of dry mud
panels occurs in the left direction. Therefore, we should
set a safe limit according as the loading direction.

0.1
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0.04
0.02
0
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0.08
Rmax (left) (rad)

reduction factor Fh(h) of displacement response spectra
due to damping factor h is used [14, 16].
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0.02 0.04 0.06 0.08 0.1
Rmax (right) (rad)

Figure 17: Comparison of shear drift angles between
evaluated shear drift angles of right and left directions (Cw)
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Figure 18: Comparison of evaluated damage in the right and
left directions for specimen Cw under sinusoidal pulse of
Tp=0.5s, Dp=200mm
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6 CONCLUSIONS
0

0.02 0.04 0.06 0.08 0.1
R
(rad)
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(b) Maximum uplift displacement of columns (Cw)
Figure 16: Comparison between the evaluated values and the
experimental results

Figure 17 shows the comparison of the maximum shear
deformation angle Rmax of the specimen Cw for the left
and right loading directions. Figure 18 shows the
damage condition of the specimen Cw at the maximum
response under the sinusoidal input of Tp=0.5s,
Dp=200mm. Even if the restoring force characteristics
changes by the loading direction as shown in Fig. 15, the
difference in the maximum R is not so large. This is
because the pulse like motions are used as the input
motions [2]. However, the damage conditions are

Based on the static loading tests and simulation analyses,
of two-storied traditional wooden frames in Japan, the
following conclusions have been drawn:
a) Asymmetry
property
of
restoring
force
characteristics due to the uplift and pull-out of
columns can be observed.
b) It is very important to consider the interaction
effects between the first and second stories by
through columns and multi-story walls.
c) We have demonstrated that experimental results are
simulated by a frame model and our simple
proposed evaluation method by practical precision.
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TIMBER-GLASS
CONCEPT

COMPOSITES:

CALCULATION

AND

SIZING

Werner Hochhauser1, Alireza Fadai2, Matthias Rinnhofer3 ,Wolfgang Winter4
ABSTRACT: Glued glass front constructions have long been in use and are generally considered the state of the art.
However, with these solutions the glass serves no stiffening or bearing function, but merely functions as an outer cover.
The objective of several research projects was to investigate alternative constructions of stiffening glass fronts, which
replace St. Andrew’s cross wind bracings and costly frameworks. To this end, the Department of Structural Design and
Timber Engineering (ITI) studied and optimized the load-bearing capacity of these existing construction components and
subsequently developed simple calculation and sizing concepts. Based on the results of the research project „Timberglass composites: calculation and sizing concept (HGV III)“ the ITI coordinated the follow-up international research
project “Load bearing timber-glass composites (LBTGC)” within the framework WoodWisdom-Net. In consideration of
its long-term behavior and practical application, the objective of the research project LBTGC was to develop “stiffening
timber-glass composite (TGC) structures”. With the purpose to meet the highest standards of cost effectiveness,
alternative stiffening TGC constructions for multi-story buildings were investigated. This paper illustrates these
developments.
KEYWORDS: Timber, glass, composites, adhesives, stiffening constructions

1 INTRODUCTION 123
The ecological criteria of resource conservation and
environmental impact plays a greater role in assessing the
resource base of future buildings than in the past.
Combining glass with ecological material timber
improves structural performance expanding the scope of
applications beyond the initial limits.
Up to now, glued glass front constructions have been
extensively applied; they are at the cutting edge of
technology and meet the highest standards. The objective
of several research projects of the ITI at the Vienna
University of Technology (VUT) was to develop
stiffening glass fronts, which replace common wind
bracings. The possible applications of TGC structures in
the existing building stock as well as in new buildings
were investigated. Furthermore, the TGC elements enable
a more efficient assembling of structural glass elements
by allowing the use of approved timber joining
techniques.
Therefore, the ITI studied the load-bearing capacity of
these construction components and developed simple
calculation and sizing concepts [1], [2]. As a part of the
research projects “Timber-glass composites (HGV) I-III”,
several buildings with the TGC system have been
1
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realized. Based on the results of the research project
„HGV III“ [1] the ITI coordinated the follow-up
international research project “LBTGC” within the
framework WoodWisdom-Net. In consideration of the
composite’s long-term behavior and practical application,
the objective of the research project LBTGC was to
develop stiffening TGC structures [3]. The participants
have focused on the optimization of TGC elements for
load-bearing structures, not solely in terms of their
response to long-term loading but also in terms of seismic
events [4], [5], [6], [7].
In order to be environmental friendly and meet the highest
standards of cost effectiveness, alternative stiffening TGC
constructions for multi-story facades were investigated.
The load-bearing capacity of TGC multi-story shear walls
was developed by using linear and non-linear finite
element simulations. The developed TGC multi-story
shear walls were implemented within the framework of
various pilot projects. The pilot projects enable long-term
monitoring under controlled conditions. Apart from that,
single frame and compound structures were compared and
new construction systems developed. In this respect, it
should be noted that current investigations show that the
current assessment of the conservative assumptions of
safety and modification factors for the long-term behavior
3
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of adhesives according to ETAG 002 [8] could be
modified.

2.1 SOLUTION BASED ON A CLOSED
DIFFERENTIAL EQUATION APPROACH

2 STRUCTURAL ENGINEERING

For an infinitesimally small element of a (timber-glass)
composite body, the horizontal force equilibrium can be
considered (Figure 1).

For a reliable calculation of composite materials the
question of the representation of the composite criterion
(pin-shaped means of connection, bonding, mechanical
composite, etc.) is relevant. With regard to load initiation,
load transfer and stress, as well as deformation
distributions, the knowledge of exact values is crucial.
The TGC is manufactured using interlayer glue, where the
softer material reinforces the stiffer material. It is of
particular interest that the ratio of Young’s moduli of both
materials correspond roughly to the reciprocal
relationship of the fracture strains. Taking into account
the following assumptions, further relations can be
formulated:
- all materials have constant cross sections
- the cross sections exhibit linear material behavior
- the stress distribution over the cross section is
uniform
- the deformations are small and follow the theory of
first order
- peel and bending stress is neglected
In
the
context
of
several
research
projects [1], [2], [9], [10], [11], [12], [13], [14] at first the
exact solution was derived using the differential equation
approach with a constitutive model for the connection and
for different boundary conditions (Condition I, II
dissolved state). This approach is transferable to almost
all materials and composite criteria and presents the exact
solution for composite issues with a relatively high
calculation effort.
The basic theory of a statically indeterminate spring
model for glued TGC panes, according to Kreuzinger and
Niedermaier, was presented at the Karlsruher Tage in
2005 for the first time [10]. The idea was to use high
pressure resistant material glass as a stiffening element for
winter gardens.
As an alternative to the complex but precise solution
based on a closed differential equation approach by
Kreher [11] (cf. 2.1) and the numerical calculation
method [13] with FEM analysis a framework model was
developed within the research project „Timber-glass
composites: calculation and sizing concept (HGV
III)“ [1]. Analytical simplifications for faster solution in
practice were provided. The adaptation of the analytical
solution of Kreuzinger / Niedermaier [9], [10] (cf. 2.2)
and the application of the analytical concept using
framework programs were adapted by referencing
previously developed solutions.

τ
τ

dx

Figure 1: Internal forces on infinitesimally small element of a
composite beam [11]

Therefore, the exact formula for the elongation of the
glass can be stated as [11], [12]:
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Where
= Young’s modulus of timber,
= sectional area of timber, = Young’s modulus of
glass, = sectional area of glass, = width of adhesive,
= initial value, = gradient of straight line, = length
of load initiation.
2.2 THE APPROXIMATE ANALYTICAL AND
THEORETICAL
SOLUTION
BY
KREUZINGER AND NIEDERMAIER
Kreuzinger and Niedermaier developed a simple spring
model for shear models, which can be seen in Figure 2.
The horizontal load H is thereby transmitted into the
elastic bonded glass panels. The glass panes are planked
on one-side with a wooden substructure.
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=

+

(4)

= horizontal load,
= horizontal deformation,
= shear stiffness system of the shear model,
= shear stiffness system of the diagonal model.

h

Where

⋅

Within the research project „Timber-glass composites:
calculation and sizing concept (HGV III)“ [1] as an
alternative framework model was developed (Figure 4).
The timber construction is connected to the glass pane
through spring systems influenced by components such as
the adapter frame, bond line, blocking etc. (Figure 5).

distance = 0

l

Figure 2: Arrangement of the bracing elements in a skeleton
construction [9], [10]

This calculation model was extended to provide the
calculation of glass as a diagonal compression element in
post and beam timber structures. The concept for
embedded TGC-panes (cf. Figure 3) was first presented
in [12].
The partitioning of the horizontal force H and therefore
the load on the timber frame can be determined by the
eccentricity ea of the horizontal load-component of the
compression diagonal DH in the glass panel dependent on
the axis of the post

The glass element is modeled as a diamond net (25/25 cm)
with rigid joints. The fictitious glass members have half
of the thickness of the glass pane and a width of 17.68 cm
(25 x 2–0.5 cm) regarding the stiffness and the dead load of
the glass panel. The sum of both droves of posts account
for the equivalent volume to the real glass pane.

a

ea

Where H = horizontal load, V = vertical load, a = element
height, b = element width, D = diagonal compression,
DH = Horizontal load of the diagonal compression,
DV = vertical load of the diagonal compression,
ea = eccentricity between the horizontal load and beam
axis of the head bolt.

Figure 4: Deformed structure model under horizontal loading

b

Figure 5: Longitudinal and transversal springs and stiff bar
elements at the joint gap
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/
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/
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∙

1+ /
1−2∙ /

(3)

Figure 3: System representation for blocked glass panes
according to Kreuzinger and Niedermaier theory

Both systems must be related by the deformation of the
spring models to estimate a distribution of horizontal load
H on shear bonding and blocking.

Regarding the sensibility of the glass edges, they are
simulated with additional fictitious elements (Figure 6).
These parts are simulated as rigid for preventing bending
of the elements.

WCTE 2016 e-book | 4875

the ITI managed to develop simple calculation and sizing
methods (Figure 8).

Figure 6: Detail of left upper corner

Different ways of calculation were managed to verify both
analytical models by numerical calculations (see Figure
7). The timber construction is thereby connected to the
glass pane through spring systems at the joint gaps. The
spring model considers the length; the position and the
stiffness of the blocking element (cf. Figure 10). The
stiffness of the connection devices is included for
simplification in the bonding joint gap stiffness (Figure
7).

The deformations of the pane and the edge limbs are
negligible compared to the deformations of the adhesives,
if the bonding is assumed to be elastic. In addition, an
ideal hinged connection between post and beam is
assumed. The stiffening element is an isostatic system.
Out of plane, deformations from the pane are prevented.
The serviceability (horizontal displacement) is usually the
relevant criterion for timber-glass-composites due to the
softness of the system.

Figure 8: TGC element; calculation diagram [2]

Furthermore, a guideline for the ability testing of
adhesives was developed and the results of the research
project were published in a final research report [1], [2].

Figure 7: TGC element; determination of the spring stiffness [2]

In the following case, the determination of the spring
stiffness is given in simplified form. The stiffness of the
connection devices is included in the bonding joint gap
stiffness for simplification (cf. Figure 7).
The spring stiffness can be obtained as follows:
=

,

,

=

,

∗

,

∗

∗

∗
+

,

(3)
∗

∗

(4)

Where = longitudinal spring stiffness,
= transversal
spring stiffness, = influence length, = shear modulus,
= E-modulus, = width, = thickness,
Indices: = bonding, = blocking.
The horizontal load H is transmitted into the elastic
bonded glass panels. The glass member is placed under
shear and therefore tensile and compression stress under
horizontal loading due to the elastic longitudinal and
crosswise bedding of the glass panel.
The stresses can easily be calculated in any part of the
glass element. Within the research project „Timber-glass
composites: calculation and sizing concept (HGV III)“ [1]

3 COMPARISON OF SINGLE FRAME
AND COMPOUND STRUCTURE
In order to show the impact of such compound systems,
they were compared with several different alternative
construction types. Those were, on the one hand, the
system of the Holzforschung Austria (HFA), a shear
adhesive bond-line (Figure 9), on the other, the system
developed by the ITI/VUT, a shear adhesive bond-line
and blocking system (Figure 10).
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Type 05: Shear adhesive bond line - single frame (system
HFA; cf. Figure 9)
Type 06: Shear adhesive bond line - coupled frames

Figure 9: TGC element HFA (patent no. 502470): adhesive
bond line along the adapter frame

block setting
spacer
bond line
adapter frame

Figure 10: TGC element ITI/VUT (patent no. 511373): adhesive
bond line along the adapter frame and block settings

Moreover, three various types were examined as single
frame or coupled frames (Figure 11).
Type 01: Shear adhesive bond line & blocking - single
frame (system ITI/VUT; cf. Figure 10)
Type 02: Shear adhesive bond line & blocking - coupled
frames
Type 03: Blocking - single frame
Type 04: Blocking - coupled frames

Figure 11: Single and coupled frames, types, geometry:
125/250 cm

Depending on the wind direction, in case of the Types 02,
04 and 06 (three single frames coupled); the horizontal
load transfer was applied to the outermost element
(Figure 12). Actually, the forces would spread out
between the adjacent elements. Due to safety and
uncertainty reasons about the specific sharing of the load
within the bond, the full load was applied to and measured
on a single frame.
Compared to a single frame, a blocked glass pane within
a bond shows 29 times higher stiffness (Type 04 vs.
Type 03). This difference reduces to 5.6 times in case of
shear adhesive bond line and blocking (Type 02 vs. Type
01). A compound structure with only shear adhesive
bonding almost does not influence the stiffness of the
structure (Figure 13).

WCTE 2016 e-book | 4877

Type 01
Type 02

2.27

Type 03
Type 04

12.69

0.37

Type 05
Type 06

10.79

1.90
1.90
0

5

10

15

20

25

30

35

40

horizontal load-bearing capacity [kN]

Figure 12: Analytical method calculation results: horizontal
load-bearing capacity [kN]
Type 01
Type 02

4.53

Type 03
Type 04
Type 05
Type 06

Figure 16 and Figure 17 show the very respectable
agreement between both calculation methods (deviations
amount to about 3-4 %). Since it was not possible to
model a continuous top end, the comparison between
FEM and analytic calculation was done without a
continuous top end. The analytic calculation with a
continuous top end is also shown in Figure 16 [15].

25.38

0.74

21.57
3.79
3.79

0
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15
20
25
30
wall stiffness [kN/cm]

35

40

Figure 13: Analytical method calculation results: wall stiffness
[kN/cm]

Figure 14 demonstrates the stiffness of coupled three
single frames, determined with the analytical method
approach developed by the ITI/VUT in [1]. The loadbearing structure of Type 02, with a shear adhesive bondline and blocking turned out to be the stiffest, whereas the
single adhesive bond line of Type 06 proved the contrary.
The coupled three single frames of only glued single
frames do not increase the stiffness as a whole.
edge frame

Type 02

4.54

Type 04

Type 06
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2.157

4.54 ∑ = 34.46
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15

20

25

middle frame

Analytical method
calculation without
continuous top end

coupled three single frames FEM
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FEM calculation
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Analytical method
calculation with
continuous top end
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35
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Analytical method
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continuous top end

0.74 ∑ = 23.05

3.79 3.79 3.79 ∑ = 11.91
0

edge frame

Figure 16: Type 02 (system ITI/VUT), comparison of the
calculation methods, analytical vs. FEM

middle frame

25.38

Figure 15: FEM model [15]

40

Stiffness of coupled three single frames [kN/cm]

Figure 14: Stiffness of coupled three single frames [kN/cm]

3.1 COMPARISON BETWEEN ANALYTICAL
AND FINITE ELEMENT METHOD
The stiffness determined by the analytical method, was
validated using linear and non-linear finite element
method (FEM) calculations. Based on parameter studies
on static manageable support systems, the obtained results
were compared with the results of FEM (Figure 15).

coupled three single frames FEM

3.79 3.79 3.79

FEM calculation
without continuous top
end

∑ = 11.91

11.38

0

5

10

15

20

25

30

35

40

shear force [kN]

Figure 17: Type 06 (system HFA), comparison of the
calculation methods, analytical vs. FEM

Additionally the investigated calculation concept was
extended and validated by using FEM calculations for
width-to-height ratio from 1:4 to 4:1 [2].

4 SAFETY FACTOR
The suitability of three different adhesives for use in TGC
elements were investigated: two neutral, condensation
cross-linking silicone adhesives and one by
polymerization curing acrylic adhesive (acrylate). Very
elastic adhesive compounds, such as silicones, can
transmit sufficiently high loads, and with semi-elastic
adhesives (e.g. acrylates), high loads can be transmitted of
levels equivalent to timber frame walls. With regard to the
permanent suitability under conditions as may occur in
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façade constructions, silicone adhesives are favorable, not
least, because the long-term behavior of silicone
adhesives has been well known for decades for use in
structural glazing façades, especially in the US.
Within the research project “LBTGC”, the long-term
behavior of timber-glass composite structures under
permanent shear stress was investigated. Specimens were
prepared in different variants [3], [16], [17]. The studies
on long-term behavior of TGC structures were deepened
and the reliability of such structures in practical
applications was proved. Based on the test results the
modification factors, taking into account the effect of the
duration of load and moisture, as well as the deformation
factor for design of TGC structures, were derived and a
comparison to the normative specified factors in the
ETAG 002 [8] was drawn.
In this respect, it should be noted that the investigations
show that the assessment of the conservative assumptions
of safety and modification factors for long-term behavior
of adhesives according to ETAG 002 [8] that currently
exists
,

=

0.1
1
=
6
60

(5)

could be at least modified as follows [17]:
,

=

0.2
1
=
6
30

(6)

where
= Modification factor for long-term
,
behavior of adhesives (mechanical fatigue and creep
= Material safety factor (ETAG
behavior); and
002 [8]).
New studies ([18], [19]) show that a further decrease of
safety factors seems to be possible. According to the
design method of ETAG 002 [8] investigations were
executed to determine the highest possible long-term load
for a soft bonding over its life time without
level
generating tertiary creep in the bond line. The
experiments show that 0.04 or 0.05 MPa should definitely
be an acceptable long-term load level for a silicone
bonding. The glass panes of an isolating façade system
cause approximately 0.02 MPa in the bond line.
Therefore, the acceptable load level is at least two times
higher than the dead load caused by an isolating glass
pane. This already serves an existing scope of safety for
carrying the dead load of the glass pane of the TGC
element.
For short-term resistance, a shear strength of
= 1.0
was determined [20].
approximately
Following the approach of Neubauer [21] this results in a
total safety factor of:
0.04 ÷ 0.05
1
1
=
=
÷
1.0
25 20
,

=

1
1
÷
25 20

(7)
(8)

and
still remains
The apportionment between
uncertain, but needs to be determined with further
investigations. As a first approach the assumption can be
needs to be higher than 4, while
made, that
,
should in any case not be larger than 0.25. Further
investigations have to solve this question and raise the
potential of TGC as a load bearing system.

5 CONCLUSION AND OUTLOOK
In the context of application-oriented research projects
“Timber-glass composites (HGV I and II)” the
“Holzforschung Austria” (HFA) developed a patented
structural system, a circumferential adapter frame glued
on all four edges of the glass; HFA patent no. 502470
(Figure 9). The HFA proved that a gentle load transfer to
the glass pane could be achieved using a continuous
adhesive bond line along the perimeter of the
pane [13], [22]. This high-quality bonding can be
prefabricated at the manufacturers, whereas the adapter
frame is screwed to the load bearing structure on site,
thereby making the panel interchangeable (Figure 9).
The ITI/VUT pursued the basic principle of avoiding
tensile loads in the glass panes. Within the research
project „Timber-glass composites: calculation and sizing
concept (HGV III)” [1], [2] the ITI/VUT investigated the
combination of adhesive mount and stiff blocks at the
corners, thus transferring the external load by contact with
the edge of the glass (Figure 10). Different construction
design variants were developed and their performance
demonstrated in static experiments. The main focus was
placed on the adhesive joint and its fracture behavior and
shear walls with a common width-to-height ratio of 1:2 to
2:1.
As a result of these experiments, the high static potential
of these adhesive joints can be deduced [1], [3]. Solutions
for multi-story bracing shear walls were developed and
evaluated using linear and non-linear FEM simulations.
Different types of TGC shear walls, single frame and
compound structures, were compared with each other and
new construction systems developed.
Taking into account the appropriate safety factors for the
adhesive, which were defined in the research project as a
proposal, the static performance of TGC building
elements with a stiffening effect can be quantified.
Comparative analyses show the possibility of stiffening
buildings up to four stories high with silicon glued TGC
elements [23]. The glass itself may vary, according to
building code requirements, between normal float, heat
strengthened or laminated glasses.
The results provide a marketable component system for
buildings, which could optimally use timber and glass.
The TGC shear walls enable a more efficient functionality
of structural glass by allowing the use of approved timber
joining techniques. The investigations show that all
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structural systems have sufficient stiffness against
horizontal displacement.
As part of the research projects, several buildings have
already been realized with a TGC system [21], [24], [25].
Initiation of pilot projects could provide the possibility to
experience the practicality and applicability of such
composite systems, and create different design and
application solutions. The pilot projects enable long-term
monitoring under controlled conditions.
Timber-glass components as an ecological and
sustainable building material have a lot of potential,
which needs to be discovered. The possibilities of using
glued TGC constructions as the outer skin of small
wooden buildings and as water protection, as well as for a
localized greenhouse effect (preheating) should also be
investigated.
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ADHESIVE BONDING OF TIMBER AND GLASS IN LOAD-BEARING
FAÇADES – EVALUATION OF THE AGEING BEHAVIOUR
Felix Nicklisch1, Bernhard Weller2
ABSTRACT: Wooden constructions are on the rise again – encouraged by a strong trend towards sustainable and
resource efficient buildings. Load-bearing timber-glass composite elements – a novel concept to use the in-plane loadbearing potential of glass – could contribute to a more efficient use of materials in façades. The current study relates to
the adhesive bond between the glass pane and the timber substructure. The applicability of structural sealants such as
silicones is limited due to their distinct flexibility which leads to large deformations of the joint. Further potential arises
from the use of adhesives of medium and high stiffness. Their general performance as well as their durability have not
yet been evaluated with respect to the proposed use in building constructions. This paper draws attention to the ageing
stability of two promising adhesives. Small-scale adhesively bonded specimens which are composed of a wooden and a
glass piece are exposed to different ageing scenarios which relate to the impacts typically encountered in façades. Based
on the results it can be concluded that the considered high-modules adhesives enable an increase of characteristic failure
loads and a reduction of joint deformation, but also reveal shortcomings regarding their ageing stability.
KEYWORDS: Timber-glass composites, adhesive bonding, artificial ageing, ETAG, birch plywood, pine wood

1 SCOPE 123
Transparent building elements where glass is used as a
load-bearing member (Figure 1) open up new design
opportunities for whole buildings and their envelopes.
Load-bearing timber-glass composite (LBTGC) elements
belong to novel developments in the field of structural
glass and timber construction. A linear adhesive bond
connects the glass pane to the timber substructure. The
composite action of the joint materials provides ductile
behaviour and post breakage robustness. This enables an
in-plane loading of the glass whose capacity is not used to
its full potential in conventional façades where it is solely
applied as an infill panel.

directly on the timber frame construction. A wooden
adapter frame, first proposed by Niedermaier [2] and
further improved in [3], enable prefabrication of the
composite element in the shop as well as an easy removal
and exchange of damaged glass panes.
Circumferrential
adhesive bond

The building envelope is exposed to several
environmental impacts such as temperature, humidity,
solar radiation, water and corrosive atmosphere. All of
them could affect the adhesive material, the interface
between the joint and the bonded surface and the substrate
material itself. Hence, material constants and strength
values which are only based upon short-term tests do not
qualify for a proper design of a bonded structure. It is
therefore essential to consider the influence of
environmental impacts on the adhesive performance.

Figure 1: Pilot project to a test load-bearing timber-glass
composite shear wall under real conditions, Binswangen,
Germany (Photo: Gumpp & Maier)

The concept of a timber-glass composite structural
element to be used as a shear walls in façades was
developed by Hamm [1]. Initially, the glazing was glued

A façade system has evolved from this research. It is
already
available
on
the
market.
The
UNIGLAS | FAÇADE (Figure 2) comprises such frames
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made from birch plywood. This adapter frame is glued
circumferentially to the interior side of the insulating glass
unit. The joint in the shown system is rather flexible since
silicone adhesives are applied, which are comparable or
identical to those in structural sealant glazing systems.
On the one hand, silicone adhesives provide a good
durability. The performance and suitability of such joints
for timber-glass composite elements has already been
assessed by artificial ageing tests according to ETAG 0021 e.g. in [4]. On the other hand, structural sealants are
characterized by their high flexibility which leads to large
joint deformations and a low load-bearing capacity.

1
2
3
4
5
6

1
2
3
4
5
6
7

Plywood adapter
Sealing tape
Wood screw
Adhesive joint
Spacer tape
Filler
Weather seal

combinations. Four ageing scenarios which has been
adopted to wooden substrates are regarded as relevant for
timber-glass composite façades: exposure to solar
radiation, immersion in a solution of a façade cleaning
product, change of moisture content at room temperature
and exposure to SO2 atmosphere. The evaluation program
of the presented study bases on this guideline. The
procedure is divided into three stages (Figure 3).
First, the initial value of the mechanical strength is
determined at room temperature as well as at the upper
and lower limit of the application temperature. The
values serve as a reference in order to assess the possible
impairment of the adhesive bond. In the second step, the
specimens are artificially aged. The various scenarios are
tested individually and neither in combination nor one
after the other. The residual strength is derived in tensile
and shear tests following the same procedure than in the
initial stage.
Ottocoll
S660
[A]

nolax
C44.8505
[B]

Scotch-Weld
DP 490
[C]

7
Tensile and shear test at room temperature
Tensile and shear test at -20 / +80 °C
Initial strength
Ageing according to
guideline ift-VE-08/2

UV-exposure
Immersion in cleaning agent solution
Wetting / Drying
SO2-exposure

Figure 2: Mullion design of an exemplary timber-glass
composite facades system by UNIGLAS

Tensile and shear test after ageing

Other adhesives with a higher stiffness may widen the
scope of application by an enhanced structural
performance. An in-depth examination of high-modulus
adhesives, which have not yet been evaluated for their use
in building constructions, is performed in [5]. As an
excerpt from this work, this experimental study evaluates
the influence of several ageing scenarios on the strength
of two adhesives selected on the basis of [6] – one with an
intermediate and one with a high stiffness. The elastic
silicone adhesive used for the façade system show in
Figure 2 is used as reference.

The study comprises six different material combinations
– three adhesives and two timber substrates (birch
plywood and pine wood) as well as two different types
of loading (tension and shear). The standard test lot
involves 10 specimens. Hence, the total amount adds up
to 600 individual tests including the reference tests on
the silicone.

2 MATERIALS AND METHODS

2.2 ADHESIVES

2.1 EXPERIMENTAL PROGRAMME

Three different adhesives (Table 1) covering a broad
range from flexible to stiff are selected for experimental
evaluation. The selection process and the assessment of
their general suitability is described in [6] where
comprehensive characterization of several shortlisted
adhesives has been performed. The deformability of the
adhesive becomes a crucial criterion when selecting the
individual materials and designing the timber-glass
composite elements. Further specifications involve:
curing at room temperature, working temperature range
from -20 °C to +80 °C and a viscosity not less than
15.000 mPas.

The durability of bonded joints in glass constructions and
façades is commonly assessed according to the European
Technical Approval Guideline ETAG 002-1 [7]. It defines
verification methods related to the safety in use of
adhesively bonded façade elements. But, the guideline
applies only to structural silicone sealants and typical
adherends encountered in curtain walls made from glass,
aluminium and/or steel. The ift-guideline VE-08 [8] has
been specifically developed for glued windows, taking the
principles of ETAG 002-1 [7] and providing modified
characterization methods for typical window material

Residual strength

Figure 3: Outline of testing and evaluation program
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Table 1: Adhesives and basic material constants derived in
uniaxial tensile tests in [6] according to DIN EN ISO 527-1

Adhesive
[ID]
Manufact.

OTTOCOLL
S 660
[A]
Hermann
Otto GmbH

nolax
C44.8505
[B]

Scotch-Weld
DP 490
[C]

nolax AG

3M

Type

Two-comp.

Two-comp.

Two-comp.

Basis

Silicone

Silane-term.
polymer
/epoxy

Epoxy

3

18

1,442

µ

0.50

0.39

0.43

εmax

1.65

1.99

0.05

2

E [N/mm ]

2.3 ADHERENDS
The test series involves two types of timber – birch
plywood and solid pine wood. Birch plywood is a woodbased material made from cross-laminated birch veneers
and shows excellent shape stability and reduced tendency
of shrinkage. The adapter frame of the façade system
shown in Figure 2 is manufactured from this material.
Pine wood (Pinus sylvestris L.) is a solid wood primarily
used for window manufacturing. Hence, it is assumed to
be appropriate for timber-glass composite construction.
The glass component is annealed float glass with a
nominal thickness of 8 mm. All four cut edges are ground.
The edges are well defined and marginally chamfered
(chamfer ≤ 0.1 mm).
2.4 GEOMETRY AND PREPARATION OF
SPECIMENS
Two different specimen shapes are used to evaluate the
ageing behaviour of the adhesive joints between timber
and glass. Each of them relate to a different type of load.
The geometry of the tensile and the shear specimen is
shown in Figure 4.
50

70

50

50

12

The geometry of the specimen loaded in tension mode is
derived from the test pieces used to assess the mechanical
resistance of a structural sealant joints according to
ETAG 002-1. The area of the glued joint measures
50 x 12 mm. The thickness is 3 mm. Glass and timber
pieces had the same surface areas. The lower piece of the
specimen was rotated 90° with respect to the upper piece
in order to provide the space for the brackets of the test
fixture (Figure 7). The timber substrates – birch plywood
or pine wood – were aligned in such a way that the fibres
of the surface layer run parallel to the longitudinal
direction of the joint (Figure 6).
The single lap shear specimens were produced with the
same adhesive joint thickness which is set 3 mm, with a
12 mm overlap between the glass and timber component.
Thus, the adhesive dimensions corresponded to those of
the tension mode. The glass part measured 50 x 50 mm
and was 8 mm thick. The timber piece had a size of
50 x 60 x 18 mm. It was glued such that the veneers were
parallel to the bond line plane and the fibre direction of
the outer layer was parallel to the loading direction.
All timber pieces were stored in a constant climate of
+20 °C and 65 % relative humidity prior to bonding. A
moisture content of 12.7 % was measured on a random
sample of the pine wood specimens. The birch plywood
of which the specimens were sawn reached a moisture
content of 11.3 % under the same conditions. The
plywood is classified surface grade III (EN 635-2) and
water boiled proof (EN 314-2 class 3). Both timber
surfaces were thoroughly cleaned using compressed air
but not treated any further to their delivered state. The
glass, however, was wiped clean with a lint-free cloth and
isopropyl alcohol. Gluing is done always onto the air-side
of the glass.
The bonding process is exemplarily shown for the tensile
specimen in Figure 5. All individual parts of the specimen
were aligned and clamped onto a wooden fixture plate. A
u-shaped spacer made from polyethylene ensured a proper
joint shape. The adhesive was then injected from the open
side until the cavity is filled completely. Overflow
material was removed using a spatula. The bonded
specimens cured for a minimum of 21 days prior to the
testing under the constant conditions previously
described. This procedure leads to a very accurate joint
geometry (Figure 6).

12

2

70

60

48

29

18 3 8

1

50

Fibre orientation

8 3 18
29

Figure 4: Geometry of tensile and shear specimens

Figure 5: Gluing of tensile specimens: (1) Prior to gluing –
individual parts aligned, the spacer defines the joint’s shape
(2) Injecting the adhesive.
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2.6 ARTIFICIAL AGEING

Figure 6: Tensile and shear specimens after manufacturing

2.5 TEST CONFIGURATION
The test configurations for both load types are shown in
Figure 7. The electromechanical testing system (Instron
5880) comprises a temperature chamber fitted to the test
frame to maintain the set temperature (-20 °C or +80 °C)
during the whole test period. The samples to be tested at
low or high temperature were preconditioned at test
conditions for 24 ± 4 hours in advance. All other
variations were performed under standard laboratory
conditions (approx. 23 °C and 50 % rH).

UV-light exposure
The accelerated ageing under UV-light was performed in
a xenontester (Figure 8) without the influence of water.
This is a new test method especially developed for timberglass bonds [8] in glued windows. The glass side of the
specimens faces upwards. The exposure level (UVA) is
50 W/m2 at the sample surface. The automatic controller
of the test chamber keeps the temperature constant at
+60 °C ± 5 °C during the whole test. The test guideline
defines different exposure times depending on the joint’s
position in the façade. Five specimen per material and
loading configuration were exposed for 500 hours. The
other five were stored for a longer period of 1000 hours.
A short recovery period was allowed for 24 ± 4 hours
before the residual strength was assessed by mechanical
testing. In total, 40 tensile and 40 shear specimens were
aged using this methods.

Two identical brackets hold the timber and the glass part
of the specimen in the tensile tests. The load was raised to
F = 15 N at the beginning, to diminish unwanted slip in
the entire force measurement chain and to ensure a firm
hold of the specimen in the loading device. At this point
all signals were set to zero. The tests run with the loading
rate of 1 mm/min until either the failure of the bond or the
materials being joined. The machine recorded the
displacement of the crosshead.
The shear device comprises two halves sliding parallel
against each other at a constant load rate of again
1 mm/min. The load is applied in the timber and the glass
edge near the joint. Additional cleats fix the far ends of
the specimen to prevent rotation. The preload was
F = 30 N. In this case, a video extensometer measured the
relative displacement of two contrasting marker points on
the specimen. The Initial gauge length was around 45 mm.

Figure 8: Specimens on the shelf in the open test chamber of
the xenon flatbed instrument Atlas SUNTEST XXL+

Figure 7: Loading device: tension (left) and shear (right)

Figure 9: Shear specimens immersed in the cleaning solution

Immersion in cleaning agent
The same amount of specimens was immersed for 21 days
in a water bath containing 1 % solution of cleaning agent
(Pril Original, pH-value 5.2 – 5.8.). The specimen were
completely covered by the cleaning solution (Figure 9).
The container were stored in a heating cabinet at +45 °C
for the whole test period. After the immersion followed a
re-drying phase at standard laboratory conditions which
lasts 7 days. The residual strength is assessed immediately
after the drying.
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Figure 11: Tensile strength of unaged specimens
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Mean shear strength τb,m [N/mm2]
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Figure 10: Corrosion test chamber with specimens

+25 °C

12

3.7

Corrosive sulphur dioxide atmosphere
The last ageing scenario involves 20 identical weathering
cycles. Each cycle lasts 24 hours. The sulphur dioxid is
lead into the test chamber (Figure 10) which is then heated
to +40 °C. Condensation water and corrosive gas react
and generate acidic conditions which are maintained for
eight hours. Thereafter, the chamber is vented. This is
followed by 16 hours under standard laboratory
conditions (+23 °C and 50% rH) before the cycle starts
again. After the completion of the artificial weathering,
the samples were removed and rinsed with clean water.
Mechanical testing was done after an additional drying
period of 24 ± 4 hours. Since every test set comprises 10
specimens per material combination, 40 tensile and 40
shear specimens were exposed to this corrosive media.

2.6

7.0 %

1.1

19.8 %

4.0
3.8

12.7 %

3.8

6.2 %

2.5

22.5 %

4.0
4.1

11.3 %

2.2

≈6%

2.4

≈ 18 %

6.5

13 ± 2 %

The tensile specimens bonded with nolax C44.8505 (B) or
Scotch-Weld DP 490 (C) fail primarily in the wood. The
low strength of timber perpendicular to grain causes the
rupture of near surface fibres. The obtained rupture values
correspond in a very rough approximation to the tensile
strength of pine wood perpendicular to grain which is
approx. 3 N/mm2.

2.0

Drying
+20 °C
< 30 % rF

1.9

Wetting
+20 °C
90 % rF

3.4
3.3

Target value
VE-08/2 [8]
Birch plywood
(real value)
Pine wood
(real value)

Initial
+20 °C
65 % rF

Both adhesives with a higher modulus achieve
significantly higher breaking stresses especially under
shear load. In contrast to the reference material silicone,
the failure pattern differs considerably and involves loss
of adhesion to timber and glass surfaces as well as failure
of the bonded materials.

1.2

Conditions

3.1 INITIAL STRENGTH
The bond strength for both types of loads are shown in
Figure 11 and Figure 12 – specified as nominal stress at
break (force divided by the bond area). The silicone
adhesive Ottocoll S660 (A) reaches almost identical
failure loads both under tension and shear when tested at
room temperature. The average tensile and shear strength
of the adhesive layer is 1.2 N/mm2. All silicone specimens
exhibit a cohesive failure within the joint.

1.2

Table 2: Moisture content of reference samples before the
experiment and after storage at the different climates.

3 RESULTS AND DISCUSSION

Mean tensile strenth σb,m [N/mm2]

Wetting or drying at room temperature
The impact of high or low moisture contents on the
adhesion was examined by storing the samples in a
climate chamber (Feutron KPK 600). Wetting and drying
is performed independently in each case on five
specimens per material variation. Altogether, 20 tensile
specimens and 20 shear specimens were exposed to the
same climate. Once the corresponding moisture content
was reached, the specimens were tested immediately to
avoid a change caused by a longer exposure to the ambient
conditions in the laboratory. Table 2 summarizes the
storage conditions and the equilibrium moisture measured
on selected reference samples.

Plywood Solid wood Plywood Solid wood Plywood Solid wood
A - S660
B - C44.8505
C - DP490

Figure 12: Shear strength of unaged specimens

Failure loads and also the deformation behaviour of the
adhesives depend strongly on the temperature. This is
further illustrated in the stress-strain-relation shown in
Figure 13 and Figure 14. The results are plotted as the
relation between the nominal shear stress (force divided
by the bond area) and the shear deformation of the joint
for a representative measurement graph as well as the
individual peak values for each specimen at the point of
failure. As indicated before, the breaking strength and the
stiffness of the two high-strength adhesives are higher
than those of the silicone adhesive Ottocoll S660 (A),
which is only tested at room temperature.

Shear stress τ [MPa]

10.0

Point of failure:
glass - plywood
glass - solid wood

7.5

–20 °C B - C44.8505
+25 °C B - C44.8505
+80 °C B - C44.8505
+25 °C A - S660

5.0

2.5

0

0

0.75

10.0

Shear stress τ [MPa]

The stiff epoxy Scotch-Weld DP 490 (C) reached the
highest shear strength of all tested adhesives at room
temperature. However, failure loads drop both at -20 °C
and +80 °C. Adhesion to the glass is poor at +80 °C since
adhesive failure accumulates in the tests at high
temperature while the glass breaks mainly in the other
variations. The achieved deformations are very small.
The influence of the type of timber becomes not fully
clear. The majority of the specimen where birch plywood
and glass are glued with nolax C44.8505 reach a higher
ultimate strength. But, the shear deformations are rather
similar comparing the results of the bonds to pine wood
(dashed line | diamond) and plywood (solid line | triangle).
For the specimen joined with Scotch-Weld DP 490 the
reverse is true.
3.2 VISIBLE DEGRADATION

1.50
2.25
Shear deformation tan γ [-]

3.00

3.75

Figure 13: Shear test results for nolax C44.8505 compared to
silicone Ottocoll S660
Point of failure:
glass - plywood
glass - solid wood

7.5

–20 °C C - DP490
+25 °C C - DP490
+80 °C C - DP490
+25 °C A - S660

5.0

2.5

0

timber surface. Failure mode is either a combination of
loss in adhesion to the wood and cohesive failure in wood
or just failure in adhesion to wood. A very few specimens
failed by glass breakage.

0

0.75

1.50
2.25
Shear deformation tan γ [-]

3.00

3.75

Figure 14: Shear test results for Scotch-Weld DP 490
compared to silicone Ottocoll S660

The silane-modified adhesive nolax C44.8505 performs
best in the unaged state. It exhibit sufficient strength, a
moderate temperature dependency and also a viscoelastic
material behaviour leading to a bilinear stress-strain
graph. The stiffness of the adhesive joints made of nolax
C44.8505 (B) decreases continuously with increasing
temperature. The adhesive with an intermediate stiffness
exhibits a visible non-linear behaviour at cold and at room
temperature. The curves can be divided into two parts in
which the graph runs approximately linear. The adhesive
responds relatively stiff in the initial stage of the test. In
the second stage stiffness lowers and yielding leads to
irreversible deformations. Strength of these specimens is
limited mostly by wood strength or the adhesion to the

All specimens passed through a visual inspection after
being exposed to the different aging scenarios. Some of
them lead to visible changes or discolorations of the
adhesive layer especially at the boundary between glass
and adhesive. Those indicate a possible impairment of the
adhesion and the deformation behaviour.
Joints of nolax C44.8505 have discolored after prolonged
UV weathering. The central part of the joint which is
visible through the glass takes a yellowish to brownish
color (Figure 15, left). The discoloration has already
started after 500 hours, but was not very pronounced.
Progressive degradation is visible after 1000 hours
exposure time. This observation indicates strong
influence of UV-radiation on the properties of the joint.
The second adhesive Scotch-Weld DP490 exhibit no
visible defects after this exposure. However, changes can
be observed for Scotch-Weld DP490 after storage in
cleaning solution. We assume partial delamination to the
glass surface since a whitish shimmer is the visible in the
edges of the rectangular bond area (Figure 15, right).
All mentioned changes were observed throughout the
respective test set. The visible inspection revealed no
influence of the timber species or type on the degradation.
1

2

Figure 15: Visible defects after artificial ageing: (1) nolax
C44.8505 after 1000 hours of UV-weathering (2) Scotch-Weld
DP490 after immersion in cleaning solution
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3.3 RESIDUAL STRENGTH
The ratio of residual strength to the initial strength of the
specimen is shown in Figure 16 for the tensile tests and in
Figure 17 for the shear tests. The dashed line marks the
50 percent limit which is defined by the ift-guideline VE08/2 [8]. The residual strength should not be less than half
of the initial strength after being exposed to one of the
proposed ageing scenarios. The impact of the different
exposure types can be clearly seen since most of the
specimen loose strength. The samples which has been
stood out in the visible inspection reveal the most
significant reduction in strength.
UV-radiation is regarded the most critical scenario for the
adhesive with intermediate stiffness nolax C44.8505. The
shear strength of the joint is seriously reduced by
exposing the specimens to UV-radiation and reaches only
around 35 % of the initial value. But, the other scenarios
lead to an evident yet permissible decrease in strength.

Residual strength/initial strength [%]

125

UV-exposure 500 h

Increased moisture content

UV-exposure 1000 h

Low moisture content

Immersion in cleaning solution

SO2 atmosphere

B - C44.8505

C - DP490

100

75

50

ift

Additionally, numerous shear specimens glued with
Scotch-Weld DP 490 failed brittle by glass breakage in
the shear tests due to the high stiffness of the bond. This
leads to a wide divergence of the results which impedes
the interpretation of the results. For this reason, the initial
strength of the solid-wood-glass-specimen glued with
Scotch-Weld DP 490 was used to calculate the percentage
of the residual strength in comparison to the initial values.
Generally, the observed degradation is less clear for the
tensile specimen since nearly all results are above the
permissible limit. This might relate to the early failure of
the wood perpendicular to grain. The low initial values
lead to an overestimation of the residual strength.
3.4 EVALUATION OF FAILURE PATTERN
Changes in the failure mode could also be used to identify
critical ageing scenarios in addition to the evaluation of
the residual strength. Exemplarily, we assess the breakage
behaviour for the tensile tests. The governing failure
pattern of the glued joints tested at room temperature is
the rupture of the upper fibres in the surface of the timber
part of the tensile specimen (Figure 18, left and middle).
1

25

0
Material
σb,100%=

The stiff epoxy Scotch-Weld DP 490 is not affected by
the exposure to UV-light. However, the immersion in
cleaning agent causes partial loss of adhesion to the glass
surface and also a severe strength reduction. The shear
stress at break declines by up to 65 % compared to the
tests of unaged specimens.

Plywood
3.4 N/mm2

Solid wood
4.1 N/mm2

Plywood
3.8 N/mm2

2

3

Solid wood
2.8 N/mm2

Figure 16: Strength ratio of aged specimens compared to the
initial state for tensile load
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Plywood
6.3 N/mm2

Solid wood
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Plywood
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6.9 N/mm2

Figure 17: Strength ratio of aged specimens compared to the
initial state for shear load

Figure 18: Failure pattern of tensile specimens tested at room
temperature: (1) Unaged Scotch-Weld DP490 on birch
plywood, (2) Unaged nolax C44.8505 on solid pine wood (3)
nolax C44.8505 on birch plywood after UV-exposure

The same type of failure is observed in tensile tests
following most of the ageing scenarios. But, the failure
pattern changes significantly when the specimens are
exposed to the ageing scenarios identified as critical
before. That is the case for nolax C44.8505 after UVexposure and Scotch-Weld DP490 after immersion in
cleaning agent. The intermediate stiff adhesive nolax
C44.8505 fails at the boundary to the glass side by nearsurface cohesive failure in adhesive (Figure 18, right).
The stiffer Scotch-Weld DP490 exhibit even a full loss of
adhesion on the glass surface. The proportion of the
different failure pattern observed in the tensile tests can
be read from Figure 19 and Figure 20. The failure pattern
correlates strongly with the findings obtained by visual
inspection and the assessment of the residual strength. An
influence of the type of wood on the fracture pattern
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cannot be determined because the same test conditions
lead to similar fracture pattern for both types of wood.
The evaluation of the failure pattern observed in the shear
tests leads to a similar interpretation and is therefore not
shown. The complete results are presented in [5].
B - C44.8505 (Tensile test)
REF

Wood type
Ply
Solid

UV1

Ply
Solid

UV2

Ply
Solid
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Ply
Solid
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Ply
Solid
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Ply
Solid

SO2

Ply
Solid
0

20
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Glass
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failure on glass failure failure on wood failure

Figure 19: Failure pattern observed in relation to bond area
for nolax C44.8505, test conditions: (REF) unaged, (UV1)
500 h UV-exposure, (UV2) 1000 h UV exposure, (SOL)
immersion in cleaning solution, (WET) high moisture content,
(DRY) low moisture content, (SO2) sulphur oxide atmosphere.
C - DP490 (Tensile test)
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Figure 20: Failure pattern observed in relation to bond area
for Scotch-Weld DP490, test conditions see before.

4 CONCLUSIONS
The performance of load-bearing timber glass composites
could be improved by the use of adhesive of high and
intermediate stiffness. They enable an increase of
characteristic failure loads and a significant reduction of
deformation in comparison to structural sealants.
However, this study revealed that the selected adhesives
are sensitive to particular ageing scenarios. Hence, their
applicability is limited compared to that of silicones.

An intermediate stiff adhesive composed of silaneterminated polymer and epoxy resin exhibit a profound
loss of strength being exposed to UV-light. On the other
hand, this adhesive provides material characteristics
which could improve the load-bearing capacity and the
stiffness of timber glass composites. Covering the joints
by non-transparent ceramic frits on the glass may be an
option to use this adhesive and benefit from that
enhancements. The other adhesive – a two component
epoxy – provides a better UV-stability but reveals
shortcomings with regard to cleaning agents. It also might
be too stiff for composite elements involving glass.
Overall, the application of the adhesive within the scope
of this research can only be recommended if redundant
compensation measures are taken or the joint is protected
against critical environmental impacts.
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TIMBER-GLASS COMPOSITE: LONG-TERM BEHAVIOR
Alireza Fadai1, Felix Nicklisch2, Matthias Rinnhofer3
ABSTRACT: Up to now, structural sealant glazing façades have been extensively applied. They are at the cutting edge
of technology and meet the highest standards. The objective of several research projects was to develop stiffening glass
fronts, which replace expensive frameworks or wind bracings behind the large glass windows. Thus, potential applications
of timber-glass composites (TGC) as alternative stiffening constructions for multi-story façades were investigated. Based
on the results of those previous research projects the Department of Structural Design and Timber Engineering (ITI)
coordinated the follow-up international research project “Load bearing timber-glass composites (LBTGC)” within the
framework WoodWisdom-Net. In consideration of long-term behavior and practical application, the objective of the joint
research project LBTGC was to develop load-bearing and stiffening TGC structures. With the purpose to meet the highest
standards of cost effectiveness and environmental compatibility, alternative stiffening TGC constructions for multi-story
facades were investigated. This paper illustrates these developments and application of TGC multi-story façades.
KEYWORDS: Timber, glass, composites, adhesives, stiffening, multi-story façade, creep test, silicone

1 INTRODUCTION 123
Structural sealant glazing systems have been applied for a
long time and comply with the state of the art. However,
with these solutions, the glass has no load bearing
function, merely serves as an outer cover. The objective
of several research projects was to investigate alternative
constructions of stiffening glass fronts, which replace
expensive frameworks and/or wind bracings, which often
also impair the aesthetics of a building.
The structurally efficient combination of glass with the
rapidly to assemble, low-energy, ecological material
timber improves the structural performance after failure
and expands the scope of applications beyond the initial
limits. Furthermore, the timber-glass composites (TGC)
elements enable a more efficient functionality of
structural glass elements by allowing the use of approved
timber joining techniques.
Therefore, the ITI at the Vienna University of Technology
(VUT) studied the load-bearing capacity of these
construction components and developed simple
calculation and sizing methods [1, 2]. Based on the results
of all former research projects the ITI coordinated the
follow-up international research project “Load bearing
timber-glass composites (LBTGC)” within the framework
WoodWisdom-Net. In consideration of long-term
behavior and practical application, the objective of the
research project LBTGC was to develop “load-bearing
and stiffening TGC structures”. Apart from that, single
1

Alireza Fadai, Vienna University of Technology, Austria,
fadai@iti.tuwien.ac.at
2 Felix Nicklisch, Technische Universität Dresden, Germany,
felix.nicklisch@tu-dresden.de

frame and composite structures were compared and new
construction systems developed [3, 4].
In order to guarantee reliable results from various sources,
parts of the tests were executed repeatedly at different
laboratories. Results were compared and validated
throughout the project. The work presented here was
performed in a joint work of the ITI and the Institute of
Building Construction, Technische Universität Dresden,
Germany (TUD).

2 STATE OF THE ART
The system considered in this paper was developed by
Holzforschung Austria (HFA) [5], [6] in 2005. The idea
was to use bonded TGC-shear walls instead of
conventional bracing systems. This concept is shown in
Figure 1. The load introduction in the stiffening glass pane
is realized via a circumferential bond loaded mainly in
shear. In this case, a silicone adhesive is used.
This concept was enhanced by additional blockings in the
corners of the glass pane by ITI in 2011 [1]. The blocking
provides an additional compression diagonal in the glass
panes and guarantees a stiffer behavior compared to pure
bonding (cf. Figure 2). During the last years, a customerfriendly detail based on the HFA System (cf. Figure 3)
was developed to make TGC-elements usable in an
ecological way and to expand the field of application.

3
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The design stress under permanent load is limited to 1/10
of the design stress under dynamic loads. Since the design
stress under dynamic load again is just 1/6 of the 5 %quantile of the strength of the used adhesive, this means,
that only 1/60 of the characteristic strength is allowed to
be transferred over a long-term period.

1
2
3
4
5
6
7

1 Plywood adapter
frame
2 Sealing tape
3 Wood screw
4 Adhesive joint
5 Spacer tape
6 Filler
7 Weather seal

Figure 1: TGC element HFA (patent no. 502470):
adhesive bond line along the adapter frame
Figure 3: Market-ready TGC-system (UNIGLAS|FAÇADE)
[8]

block setting
spacer
bond line
adapter frame

The HFA examined this topic first in 2008 [6] and
determined a total safety of 1/15, whereat 1/5 guarantees
the safety under long-term load while 1/3 is the material
safety factor for the design resistance. Because of the
restrictions of ETAG 002-1 [7] and the progressive
approach of HFA in [6], one of the aims of the research
project was to deepen the knowledge of the long-term
behavior of flexible adhesive joints under shear load.
Therefore, tests at TU Dresden and ITI/VUT were
examined to investigate the creep behavior of a silicone
bond under permanent load and to analyze the residual
shear strength of pre-loaded specimens.

3 EXPERIMENTAL STUDIES

Figure 2: TGC element ITI/VUT (patent no. 511373):
adhesive bond line along the adapter frame and block settings

The long-term behavior of the shear bonding in both
systems was always a crucial point of discussion. The
only normative base is ETAG 002-1 [7], which offers
some criterions in respect to creep deformations and other
impacts on the material behavior such as humidity or
ultraviolet (UV) radiation.

For a reliable calculation of composite materials, the
question of the effect of the composite connection (pinshape, bonding, mechanical composite, etc.) is relevant.
With regard to load initiation, load transfer and stress as
well as deformation distributions the knowledge of exact
values is crucial. Within the research project "LBTGC",
the long-term behavior of TGC structures under
permanent shear stress was investigated.
Specimens were prepared in different configurations,
mainly small (bond line length approx. 50 mm) and
medium sized (bond line length approx. 1,000 mm)
specimens, but the exact geometries vary between the
investigations examined at VUT and TUD. The studies on
long-term behavior of TGC structures were deepened and
the reliability of such structures in practical applications
was proved.
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3.1 MATERIALS
3.1.1 Adhesive
A two-component silicone adhesive is chosen for the
assessment of creep behavior of timber-glass bonds.
Ottocoll S660 is specifically designed for timber-glass
composite applications and has already been used in
timber-glass façades as well as first pilot projects [6], [9].
Its material behavior under short-term loads has been
studied in several research projects (e.g. [1, 6]) and is
comparable to other silicone adhesives used in structural
sealant glazing applications such as DC 993 from Dow
Corning or Sikasil SG 500 from Sika [14].
A high resistance to UV radiation, high temperatures,
water and moisture characterizes the cured silicone. Its
high flexibility enables the compensation of unequal
elongations of the different adherends. Those beneficial
properties result from the inorganic backbone of silicones,
which significantly differs from purely organic systems.
The molecule chains, which may be crosslinked with each
other, consist largely of silicon-oxygen compounds.

deformations. The climate was measured with two dataloggers to record all climatic changes during the test, the
extremal values were 16.10 % and 84.20 % relative air
humidity and 9.60°C and 46.80°C air temperature in the
test room. The mean values were 57.06 % and 20.97°C.
Additionally, the deformation between the glass and the
substrate was measured for twelve months (8,760 hours),
which was the longest period some specimens were kept
loaded. Figure 4 shows the dimensions of a specimen and
the test setup. After a 24 hours recovery period without
any additional loading, the residual shear strength was
determined in a short-term test with a loading rate of
0.5 mm/min. This is in contrast to ETAG 002-1 [7], where
5 mm/min are advised. The loading rate is reduced since
in [7] the minimum thickness of the joint is 6 mm. For
thinner bonds, the loading rate was reduced to achieve
similar strain rates in the joint.

3.1.2 Adherends
Both the small and mid-sized shear specimen used to
assess the creep behavior of the silicone comprise a timber
and a glass part. Plywood as timber material was chosen
since the adapter frame of the façade system described in
chapter 2 is manufactured from this material. Birch
plywood is a wood-based material made from crosslaminated birch veneers and shows excellent shape
stability and reduced tendency of shrinkage.
All specimens involve annealed soda-lime glass. Gluing
is done always onto the airside of the glass.

Figure 4: Dimensions of small specimen (left); Test setup
(right) [10]

3.2 SMALL-SIZED SPECIMENS

3.2.2 Test procedure and specimen at TU Dresden
A second set of long-term tests was performed using an
automated creep test rig, which enables testing at a
controlled temperature and the optical measurement of the
time-dependent deformations. It was necessary to modify
the loading direction and the principle configuration of the
small-sized specimen shown in Figure 4 to comply with
the measurement and installation options of the available
test rig. However, the bond thickness and bond area was
kept identical. The permanent load stresses the joint in
transverse shear as shown in Figure 5.

The experimental studies on the small-sized specimens
have been primarily carried out to verify the mechanical
strength decrease under long-term stress and to determine
the shear strength of the adhesive joint. For this
experiment, specimens were loaded by nominal shear
stresses of 0.04 MPa, 0.05 MPa, 0.10 MPa and 0.30 MPa.
The specimens, which were loaded over twelve months,
dial extensometers were mounted to check the
deformation between the timber substrate and the glass.
The deformation was also measured on specimens
without an additional loading. Those experiments were
executed at ITI/VUT as well as at TU Dresden with
different test setups, so it was possible to compare and to
recheck the results. The preparation of the substrate
surfaces and the bonding procedure complies with the
manufactures recommendations. All specimen cured
more than 28 days to achieve the full bond properties.
3.2.1 Test procedure and specimen at ITI/VUT
Several specimens were loaded with a nominal shear
stress of 0.04 MPa and 0.05 MPa and fixed to a wall in a
room with no climatic restrictions. Hence, the specimens
were exposed to the natural indoor climate. Some
specimens were also mounted without any load at all to
determine the climatic influences on the measured

Three different stress levels are applied, the number of
specimens used in each variation is given in brackets:
0.05 N/mm2 (2), 0.10 N/mm2 (4) and 0.30 N/mm2 (2).
Depending on the load level, the permanent load is
applied either directly through individual weights or via a
lever system. Testing temperature is 23 °C throughout the
test series. Each creep test lasts 1,000 h. After a recovery
period of not less than 7 days, the residual strength of the
preloaded specimens is determined in a short-term test
with a loading rate of 1 mm/min at standard laboratory
conditions. This loading rate was chosen according to the
same principles as at VUT, explained in Chapter 3.2.1.
The difference in velocity results out of testing different
adhesives with different shear stiffness [17] while at VUT
only soft bond lines were tested.
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After approximately 5,800 hours a big discontinuity can
be seen, which results out of a mistake in the measurement
of the unloaded specimens.

88

fiber orientation

100

12

100

50

Figure 6: Mean value of creep deformation of small specimens
at VUT

839
20

Figure 5: Dimensions and configuration of the modified small
specimen (left), specimen with markers for optical
measurement of deformation clamped into the creep tester
(right)

3.2.3 Results
In Figure 6 the deformation of all specimens per load level
tested at VUT is summarized to the mean value for a better
understanding of the results. The specimens under the
load level of 0.04 MPa show not only a lower initial
deformation; but also, the creep behavior is less distinct.
At the beginning of the test, the additional creep
deformation per day is much higher than at the end of the
test. While the mean creep deformation in the first month
was 0.123 mm, the additional deformation in the last
month of the testing was 0.058 mm for specimens loaded
with 0.04 MPa, 0.139 and 0.062 mm for 0.05 MPa.
According to the ift-Guideline VE-08/3 [11] the
experiments can be stopped, when the additional
deformation over 3 weeks is less than 0.1 mm. This
criterion is fulfilled starting at day 23 (550 hours) for the
whole test period. Which means, that the additional
deformation after day 2 within the next three weeks
always was less than 0.1 mm for both-load levels. The
total creep deformation is less than 1 mm. Another thing
that can be seen clearly in Figure 6 is that the curves are
moving up and down a little due to climatic changes in the
room. In addition, the specimens without additional
loading (green curve – 0.00 MPa) are moving a lot, so this
deformation can only result out of the climatic conditions.
This deformation can be subtracted from the total
deformation to make the filtered creep deformation
visible (Figure 7).

Figure 7: Mean value of creep deformation of small specimens
without climatic influences at VUT

Figure 8 displays the averaged results of the tests at TUD.
Both upper load levels show a clearly visible timedependent increase of deformation. At the lowest load
level (0.05 MPa); almost no creep could be measured. All
curves flatten after a while, which is a sign, that the creep
process is nearly finished. Over the last three weeks
(approx. 500 hours), the creep deformation increases less
than 0.1 mm for all load levels. The total creep
deformation is consistently lower than 1 mm.

Figure 8: Mean value of creep deformation of small specimens
at TUD
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Figure 9 shows a comparison between the results
determined at VUT and TUD. Due to the different test
duration, a logarithmic scale was chosen. Considering the
interval of measurements of one day (24 hours) at VUT,
the curves determined by TUD are more exact at the
beginning. In Figure 9 the differences between the test
setups become clear. While the specimens with 0.05 MPa
tested at TUD show almost no creep, the curves with
0.04 MPa and 0.05 MPa tested at VUT follow more or
less the curve of 0.10 MPa of TUD. While the test setup
at TUD (Figure 5) guarantees a pure shear test of the bond
line, the specimen at VUT suffer additional tensile
stresses due to a resulting bending moment of the
bonding. Therefore, in general the test results of TUD are
more useful for determination of material properties while
the tests at VUT can be considered as values on the “safe
side” for the identification of negative influences.

Figure 11: Residual shear strength of small specimen after
long-term loading at VUT and TUD

Completive to Figure 10, Figure 12 shows the residual
shear strengths of the specimens loaded with 0.05 MPa up
to 1,000 hours. While the initial shear strength is almost
the same (see also Table 1), the residual shear strengths
measured at TUD are higher than those of VUT. This can
be caused again by additional tensile stresses in the bond
line due to the test setup.

Figure 9: Comparison between creep deformation (mean
values) without climatic influences at VUT (Figure 7) and TUD
(Figure 8)

The detailed curve progression of the comparable
specimen set loaded with 0.05 MPa for 1,000 h is
displayed in Figure 10. It gets clear, that the test setup and
the climactic changes have high influences in the behavior
of a silicone bonding.

Figure 12: Residual shear strength of small specimen after
long-term loading with 0.05 MPa at VUT and TUD

The detailed results of the series of small specimens
without preloading are listed in Table 1. The 5 %-quantile
was calculated according to [12]. Both test series show a
good agreement.
Table 1: Results of short term shear tests with small specimens
without preloading at VUT [10] and TUD [16]

Figure 10: Comparison between creep deformation (mean
values) of specimens loaded with 0.05 MPa at VUT (Figure 7)
and TUD (Figure 8)

The mean values of the residual shear strength after longterm loading is plotted for each load level in Figure 11.
While the results with 0.04 MPa at VUT are more or less
constant, the specimens after 365 days (8,760 hours)
preloading reach 98 % of the initial shear strength, the
results with 0.05 MPa are varying a lot but no significant
loss of strength can be observed.

Results
Number of specimens
Stress at failure Xmean [MPa]
Standard deviation [MPa]
5 %-quantile Ru,5 [MPa]
Shear deformation tan γ
Mean shear modulus [MPa]

VUT
8
1.17
0.07
1.03
2.87
0.411

TUD
10
1.20
0.16
0.87
3.07
0.391
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3.3 MEDIUM-SIZED SPECIMENS

Adapter used at VUT

Adapter used at TUD

1100

50

1000

loading direction

500

B

3.3.2 Test-rig and test conditions at TUD
Six identical test rigs has been purpose-built for this test
series (Figure 15). Each test rig comprises a rigid steel
frame, which rests on adjustable mounting feet. Massive
timber posts serve as substructure where the specimens
are screwed for testing. The experimental set-up was
placed in a spacious test hall, which could be heated
during winter and naturally vented during summer month.
This aims at minimizing temperature and humidity
effects.

Bonding
3 x 12 mm

123 8
23

A

The residual shear strength was measured 24 hours after
unloading the specimens.

A – A, adapter with straight edge
Annealed glass Plywood adapter

Spacer tape
12 6
30

42
30

B – B, adapter with serrated edge
Annealed glass Plywood adapter

Bonding
3 x 12 mm

12 3 8
23

B
A

120 120 120 120 120 120 120 120

50

The test series "medium-sized specimen" pursued the
same aims as the investigations on the small-sized
specimens. The joint geometry of the medium-sized
specimens was adopted from the small-sized specimens.
A glass pane was glued on both sides to an adapter frame
made from birch plywood. The length of the bond line was
extended to 1,000 m; the thickness was again 3 mm. The
load levels were again 0.04 MPa and 0.05 MPa at
ITI/VUT and 0.05 MPa, 0.10 MPa and 0.30 MPa for the
tests at TUD. So at the end of the testing it was possible
to examine whether the resisting shear strength depends
on the geometry of the bond line or if the forces can be
increased linear with a larger adhesive surface. Figure 13
illustrates the specimen geometry and a cross section
through the bond line on one side of the glass pane. The
adapter frame was produced either in a rectangular or in a
toothed shape. The latter one was developed in [5].

Spacer tape
12 6 16
34

Figure 13: Configuration of mid-sized specimen

3.3.1 Experimental studies at ITI/VUT
The medium-sized specimens were fixed to boxes and
kept loaded with 0.04 MPa or 0.05 MPa for 365 days. The
climate changes were measured the same way as at the
small specimens, see chapter 3.2.1. A part of the test setup
is shown in Figure 14. The load is generated by a gravelfilled box, hanging on a beam, which introduces the load
into the glass pane next to bonding. The deformation
between the adapter frame and the glass pane was
measured in the middle high of the specimen.

Figure 15: Test facility for creep testing.

The permanent load is generated either by a gas spring or
by concrete block weights, depending on the required load
level. Two specimens are tested simultaneously under the
same load – one on either side of the test rig. The set-up
with a gas spring is designed for the load levels 0.10 MPa
and 0.30 MPa. In contrast, the direct weight loading
enables testing at the lower load level of 0.05 MPa. The
permanent load is introduced at two points on the upper
glass edge (Figure 16). Plastic setting blocks prevent hard
metal touching the brittle glass.

F

Digital indicator
Load application

Figure 14: Test setup of medium sized specimens [10]

The test procedure was exactly the same as with the small
specimens, but unloaded specimens were not observed, so
the movement of the bond line due to climatic changes
cannot be filtered out.

x

Specimen
25

450
500

25

Figure 16: Load application mechanism and measurement
setup for creep testing.
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Vertical displacement and environmental conditions are
recorded every hour. Two digital indicators are connected
to the adapter on either side to measure only the
displacement of the bond line
The creep test lasts 1,000 hours. The load is released after
the time has elapsed. The specimens were allowed to
recover for approximately 7 days before tested for their
residual shear capacity.
3.3.3 Results
Figure 17 shows the total shear deformation, including the
initial deformation, of all specimens under permanent
load. The silicone joint exhibits a rather large initial
displacement at the moment of load application. While the
specimens under the same load level at TUD and VUT up
to 1,000 hours show a very similar behavior, it becomes
clear that creep deformations do not stop within this time
period in a natural indoor climate. The total deformation
ranges from 1.5 to 1.7 times the initial value after 1,000
hours have elapsed. This ratio applies for all tested load
levels at TUD. The comparable values determined at VUT
are between 1.4 and 1.5 for 0.04 MPa and between 2.0 and
2.1 for 0.05 MPa. This already shows the higher timedependent deformation at the specimens tested at VUT.
The deformation of the specimens tested at TUD suffer no
significant increase under permanent loading while those
of the ITI/VUT are still creeping a lot between 1,000 and
10,000 hours and reach higher deformations as those
loaded with the doubled load (0.10 MPa) at TUD.

This affects the deformation measurements since the dials
are mounted on the upper ends of the adapter frames (see
Figure 16). A change in length in this section overlies the
time-dependent deformations of the adhesive joint, which
are rather low for this load level. This effect does not
occur at VUT since the indicator is mounted in a central
position of the adapter where the relative displacement
caused by swelling and shrinkage is almost zero.

Figure 18: Mean value of creep deformation of medium-sized
specimens loaded with 0.05 MPa at VUT and TUD

The residual shear strength after long-term loading is
again very stable (see Figure 19). No influence of the
long-term loading as well as of the climatic influences can
be verified.

Figure 19: Residual shear strength of medium sized specimen
after long term loading at VUT and TUD
Figure 17: Mean value of total deformation of medium-sized
specimens at VUT and TUD

The graphs in Figure 18 compare the additional
deformation of specimens loaded with 0.05 MPa. The
deformation measured at VUT is again higher than the one
measured at TUD and on both test sites the medium sized
specimens creep a little bit more than the small ones. In
comparison to Figure 10 the difference is more or less the
same after 1,000 hours, but the specimens tested at TUD
start to recover after 500 hours. Up to this point, the creep
behavior is more similar than those of the small
specimens. The tensile stresses because of eccentricities
are the same at both test setups and should be negligible
at a bond line length of 1,000 mm. The fluctuations in the
creep curve derived from the tests at TUD are caused by
the ambient humidity. The adapter frame expands and
shrinks due to changes in moisture content.

The climatic changes should be almost negligible in the
short-term tests, what is proven in Figure 19. The residual
strengths are very similar and no systematic influences
were recognized.
The detailed results of the medium-sized specimens
without any preloading are listed in Table 2. Again, the
results correlate at the different laboratories.
Table 2: Results of short term shear tests with medium-sized
specimens without preloading at VUT [10] and at TUD [17]

Results
Number of specimens
Stress at failure Xmean [MPa]
Standard deviation [MPa]
5 %-quantile Ru,5 [MPa]
Shear deformation tan γ
Mean shear modulus G [MPa]

VUT
3
0.87
0.09
1.85
0.48

TUD
5
0.97
0.05
0.86
1.87
0.52
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Compared to the small-sized specimens (Table 1) the
mean value achieved in this series is a little bit lower, but
in contrast, the shear modulus is higher, the specimens
with a longer bond line show a stiffer behavior.

4 APPROPRIATE TOTAL SAFETY
FACTOR

5 CONCLUSION AND OUTLOOK

The guideline for European Technical Approval, ETAG
002-1 [7] stipulates a safety factor of 6 for the type of
facade construction shown in Figure 3.
In this respect, it should be noted that the investigations
show that the assessment of the conservative assumptions
of safety and modification factors for long-term behavior
of adhesives according to ETAG 002-1 [7] that currently
exists,
,

=

0.1
1
=
6
60

(1)

is the Modification factor for long-term
where
,
behavior of adhesives (mechanical fatigue and creep
is the Material safety factor, could be at
behavior) and
least modified to
,

=

0.2
1
=
6
30

(2)

according to [3] following the approach of ITI/VUT
presented at [1].
A more detailed view on the results determined especially
at TUD, where higher load levels were investigated, a
further decrease of the safety factors seems to be possible.
Figure 8 shows, that even at 0.10 MPa and under constant
climatic conditions the creep deformation more or less
fulfil the criterion that creep has almost stopped after
1,000 hours. In addition, the residual shear strength of
those specimens reach the same values, or even higher,
than those of previously unloaded specimens (see Figure
11 and Figure 19). This load level fulfills all the criterions
proposed in [1], where in
,

=

∙

0.10 ∙ 6
=
= 0.6
1.0

Therefore, the modification factor for long-term behavior
calculated in Equation (3) shall not be treated as a new
design approach, but it shows the high-unused potential
of TGC structures, which still needs to be developed
further on.

(3)

is the highest acceptable load level, causing no creep
after 91 days, is a factor conserning the material safety
factor of 6 according to ETAG 002-1 [7] and
is the
5 %-quantile value determined in the investigations.
This proposal assumes that the creep deformation under a
permanent load of 0.10 MPa does not increase after 1,000
hours, what needs to be tested in further investigations. It
should be noted that in a façade the climatic conditions
are everything but stable, so these influences definitely
should be considered, as Figure 9 and Figure 17 show,
where the specimens at TUD where tested under stable
climatic conditions while the specimens at VUT were
exposed to natural indoor climate and hence show higher
creep deformations.

The comparison of the results of the small-sized
specimens with those of medium-sized specimens shows
a similar creep behavior, irrespective of the length of the
bond line; whereat the deformation of medium-sized
specimens under a load level of 0.04 MPa is lower than
that of small-sized specimens. Some of the specimen were
tested after being preloaded for 1,000 hours by the
permanent load. Their residual strength and deformability
does not decrease compared to the initial values. The
shear strength averages approximately 1.0 MPa.
The objective of the research project “LBTGC” was to
investigate alternative constructions of glass shear walls.
TGC wall components bear vertical loads and in addition
ensure the transient stability against lateral effects such as
wind load and earthquake. The TGC facades enable a
more efficient functionality of structural glass by allowing
the use of approved timber joining techniques. The results
provide a marketable component system for buildings,
which could optimally use timber and glass.
In view of the optimization of TGC elements for loadbearing structure, the main challenges in the research
project LBTGC were addressed, not alone in terms of
their response to long-term loading, but also in terms of
seismic events. A ductile connection between the timber
frame and a glass pane shall present a key feature in the
seismic design.
The scope of application of timber-glass composites may
be further widened by the high-modulus adhesives, which
have not yet been evaluated for their use in building
constructions. An in-depth examination of such systems
is presented in [13], [17].
The studies on long-term behavior of TGC structures shall
also be deepened and the reliability of such structures in
practical applications will be proved. The newly
developed TGC multi-story facade systems shall be
implemented within the framework of various pilot
projects. The pilot projects enable a long-term monitoring
under realistic conditions. Initiation of pilot projects could
provide the possibility to experience the practicality and
applicability of the developed composite systems and
create different design and application solutions. The
possibilities to use glued TGC construction as outer skin
of small wooden buildings and as water protection as well
as for local greenhouse effect (preheating) will also be
investigated.
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HIGHLY ENERGY DISSIPATIVE AND DUCTILE TIMBER-GLASS
HYBRID ELEMENT
Vlatka Rajčić1, Roko Žarnić2

ABSTRACT:CLT frames infilled with load-bearing glass sheets represent an innovative, hybrid structural element that
can serve as load-bearing panel carrying load in both vertical and lateral direction. It can be used as a part of the
prefabricated timber house or as a strengthening structural element in an existing timber building or the supporting
structural element in historic building during or even after their retrofitting and/or restoration. Such element can be
easily connected with the surrounding elements by simple steel fasteners. Here presented type of element has been
designed to have a high ductility and energy dissipative properties. Therefore, it is suitable for construction of the
earthquake resistant structures or for increasing of earthquake resistance of the existing structures.
Glued-in steel rods in frame joints provide ductility of element while specially designed glass-to-wood contacts along
the frame joists act as energy dissipaters. Full-scale specimens were tested by combined constant vertical load and
displacement controlled cyclic horizontal load (racking load). The purpose of racking test was to obtain data for
development of computational model of tested type of structural element that can be used for prediction of inelastic
response of buildings with the glass-infilled CLT frames on seismic action. The results of testing in form of hysteresis
loops and backbone curves are presented in the paper. Data on stiffness degradation and energy dissipation are given in
quantitative way as well as in diagrams showing the changing of those parameters with increasing of horizontal
displacements during testing.
KEYWORDS:CLT frame, laminated glass, glued-in steel rod, racking test, ductility, energy dissipation

1 INTRODUCTION 123
The idea for development of innovative multipurpose
structural element appeared following the recent decade
rapid development of laminated glass structural elements
as well as popularity of cross laminated timber elements.
The need and introduction of innovative structural
elements is running beyond the existing code guidance
and influences their further enhancement. Development
of new European codes for use of structural glass in civil
engineering started in 2007 (Žarnić et al., 2007).
Currently it progresses within CEN TC250/SC11
(Feldmann et al., 2014). In the same time further
development of Eurocode 5 – Design of timber
structures will bring more attention to glued-in rods and
include the design rules that are considered necessary
item because they are widely used all over the world
(Stepinac et al., 2013). However, the new generation of
Eurocode 5 will also need to properly address the crosslaminated timber (CLT) to provide standardized
1

Prof.Dr.VlatkaRajčić, University of Zagreb Faculty of Civil
Engineering, Croatia;, vrajcic@grad.hr
2
Prof. Dr. RokoŽarnić, University of Ljubljana, Faculty of
Civil and GeodeticEngineering, Slovenia,
roko.zarnic@fgg.uni-lj.si

guidance on design and use of this product. Eurocode 8
does not cover the emerging laminated materials
(Vandebroek et al., 2014). Therefore, the future
cooperation between working groups dealing with new
structural glass codes and new generation of timber
structure design will be necessary for upgrade of
Eurocode 8, as well.
The research presented in this paper is a collaborative
research of University of Zagreb and University of
Ljubljana, where the testing laboratory is located.
Research was launched in order to contribute to abovediscussed development of codes since the subject of
investigation is a hybrid structural element. It is made of
cross-laminated timber lintels and studs with glued-in
rod joint fasteners and laminated glass infill. This type of
structural element is already addressed in the “Guidance
for European Structural Design of Glass Components”
(Feldman et al., 2014). The hybrid element may be used
as an independent load-bearing panel for construction of
prefabricated timber structures, as a temporary or even
permanent support and bracing element in heritage
buildings. It can be also placed as an external or internal
bracing element in retrofitted or newly built frame
structures at earthquake prone areas or as a versatile
element for creation of the multi-functional and adaptive
building envelope (COST Action TU1403). Due to CLT
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frame, the hybrid element can be easily connected with
surrounding structural elements made of any structural
material by semi-rigid ductile steel fasteners or other
types of fasteners that can be fixed to CLT frame. The
laminated glass infill is placed inside the timber frame in
the way that can carry vertical and lateral load, provides
high energy dissipation along the glass-to-timber contact
and does not block high structural ductility of
surrounding timber frame.

Table 1: The overview of the specimens of the first phase
Name
Bare frames

2 TEST PROGRAMME
Response mechanisms, load bearing capacity and other
mechanical properties of specimens were tested in
laboratory of University of Ljubljana, while the response
on dynamic load was tested on shake table in Institute of
Earthquake Engineering and Engineering Seismology in
Skopje, FYROM. In laboratory of University of
Ljubljana, the series of racking tests (in-plane cyclic
shear test) and out-of-plane cyclic tests were carried out.
In addition, the vertical load bearing capacity of two-ply
laminated glass sheets were tested. The main purpose of
testing was to obtain a sufficient amount of data needed
for development of engineer friendly calculation model
to be used in design practice. When developed, verified
and validated the model could be included in the new
generation of design codes.
Initially, the vertical load bearing capacity of laminated
glass has been tested (Figure 1). In here described
research two ply EVA laminated glass has been used.
Thickness of each ply was 10 mm. In the next step, the
first series of fourteen specimens has been tested (Table
1). Two of them were bare timber frames and twelve of
them timber frames with double two-ply laminated glass
glazing. Cross-section dimension of frame lintels and
studs were b/h = 90/160 mm (Figure 2).

Double
glazed

FR1
FR2
FR3
FR4
FR5
FR6
FR7
FR8
FR9
FR10
FR11
FR12
FR13
FR14

Name
Bare frames

Double
glazed

Horizontal load
monotonous inplain

Type of frame joint
1

✔
✔
✔
✔
✔
✔

2

✔
✔
✔
✔

✔
✔

Horizontal
loadcyclic inplane

FR1
FR2
FR3
FR4
FR5
FR6
FR7
FR8
FR9
FR10
FR11
FR12
FR13
FR14

3

✔
✔

✔
✔
✔
✔
✔

✔
✔

Boundary condition
1

2

✔
✔
✔
✔
✔
✔
✔

✔
✔
✔
✔
✔
✔

3

✔
✔

✔
✔

✔
✔
✔

✔

Table 2: The overview of the specimens of the second phase

Name

Figure 1:Vertical load-bearing test of two-ply (2x10mm) EVA
laminated glass sheet

Learning from the test results of the first phase of
investigation the specimen response on racking load
does not significantly differ while tested under boundary
condition 2 and 3. Therefore, in the second phase of
project only the first and second boundary conditions
were applied as it is presented in Table 2 below.

Horizontal load inplane
Monotone Cyclic

F1
✔
F2
✔
Bare frames
F3
F4
✔
F5
✔
F6
F7
Double glazed
F8
F9
F10*
F11*
Single glazed
F12*
*repaired and retested specimens

✔
✔
✔
✔
✔
✔
✔
✔
✔
✔
✔
✔

Boundary
conditions
1

✔

✔
✔
✔

✔

2

✔
✔
✔

✔
✔
✔
✔
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Figure 2: Dimensions of tested specimens and types of frame
joints

The main purpose of the first phase of research was to
understand and examine the overall mechanism of
behaviour of hybrid structural element. By varying of
timber material (GLULAM and CLT), types of joints (1,
2 and 3, see Figure 2) and boundary conditions simulated
in lateral shear test setup (Figure 3) the influence of each
parameter was studied. Learning from responses of
specimens tested in the first phase of project the
specimens to be tested and program of their testing
within the second phase of project were defined.
In the first and the second phase of project specimens
were tested by combined constant vertical load of 25
kN/m’ and cyclic horizontal load (racking load) up to
reaching of serious damages in joints.
The test-setup (Figure 3) enables testing of panels
exposed to three different configurations that simulate
three different boundary conditions. Those are:
Boundary condition 1 - shear cantilever: one of
horizontal edges of panel is supported by the
firm base while the other can freely translate
and rotate.
Boundary condition 2 - constrained rocking:
one of horizontal edges of panel is supported by
the firm base. The other can translate and rotate
as much as allowed by the ballast; ballast can
translate only vertically without rotation.
Boundary condition 3 - shear wall: one of
horizontal edges of panel is supported by the
firm base while the other can translate only in
parallel with the other edge while its rotation is
fully constrained.

Figure 3 .Lateral shear test setup in the laboratory of
University of Ljubljana

Figure 4:Testing of timber frame in the laboratory of
University of Ljubljana

Lateral racking test is one of the basic and still efficient
ways for examination of properties of structural elements
needed for development of computational models for
design and assessment of structural systems located in
earthquake areas. The behaviour mechanism of racking
tested elements is often validated by comparison of
behaviour of same elements exposed to dynamic, shake
table tests.
It was also a case in here described project. Simple, boxtype one-story model composed of specimens equal to
FR11 (Table 1) was tested on shake table in Institute of
Earthquake Engineering and Engineering Seismology in
Skopje, FYROM (Krstevska et. al 2013).
Shaking tests proved the hypothesis of reliable
reproduction of earthquake response by racking test in
laboratory of University of Ljubljana. During the second
phase of project altogether twelve specimens were
tested. All of them were tested by in-plane cyclic load
(Figure 3). Four of them were pretested with monotone
load. Timber frames were made of cross-laminated
wood. Type 4 of joint was used (Figure2 and 5). The
simple configuration of joints where studs and lintels
where connected by vertical glued-in steel rods of 10
mm in diameter. Only in two cases of F3 and F10 the
rods of 14 mm in diameter were used. Such a
configuration of joint enables ductile behaviour of frame
with ability of large in-plain and out-of-plain
deformations without substantial damages of joints. The
rate of constraining lateral movement of glass sheets is
much lower in comparison to other joint configurations
used in the first phase of project. It enables the higher
rate of hysteretic energy dissipation along the glass sheet
to timber frame edges as well as inside the joints. Since
the timber frame configuration has been optimized
learning from results of the first phase of project, other
parameters were studied. In the second phase all
specimens were loaded with same vertical load of
25kN/m’ as it was a case of the first phase of
investigation (Table 2). The assumption behind the
vertical loading intensity is location of tested structural
element in real building. The vertical loading of
25kN/m’ represents the loading induced by three stories
of CLT panel building above the tested element.
Therefore, the test results can be used for development
of design protocol for CLT panel buildings where glass
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infilled CLT frame serves equally as any CLT or other
kind structural panel. But, here described panel can be
also used as a kind of supporting element in any existing
building where the weak vertical structural element has
to be replaced. It can be a case in cultural heritage
buildings where the temporary supporting elements
made of steel or timber does not meet the aesthetic and
conservatory criteria. Further possible use of tested
elements is their inserting in existing one newly
constructed flexible frame structural systems to act as a
highly ductile and energy dissipative bracing elements,
what is an important issue in case of need for earthquake
resistant structural systems. The behaviour of elements
used for bracing, where the assumption of no transfer of
vertical load from upper stories is realistic, will be
examined in the near future, third phase of research. It is
planned to test altogether eight specimens vertically
loaded with only selfweight. After testing to
development of damages in joints all specimens will be
repaired and retested. Besides the horizontal in-plane
loading also the out-of-plane loading will be applied in
the case of three specimens. The interesting issue to be
examined is how less intensive friction effect due to
lower vertical load will influence the all-over hysteretic
response of specimens. It will also be examined if the
inducing of the additional vertical load is necessary.
Technically it is not a problem because it can be can be
induced to the structural frame bracing panels by vertical
pre-stressing of them. The difference in behaviour of
double glazed and single glazed timber frames will also
be studied in order to examine possibilities for using of
single glazed frames for bracing of internal frames in
building located in an earthquake prone area. Since the
first two repaired and retested specimens demonstrated
the efficiency of applied method, all specimens of the
future third phase of investigation will be repaired on the
same way as presented below and retested.
The simple method of repairing is based on steel rod
tying of damaged joint in timber frame corner. Along
each side of upper and lower lintel steel threaded rod 8
mm in diameter was placed and tightened on both ends
by nut over 10 mm thick steel plate (Fig. 5). By
tightening of rod the timber frame was returned to
original geometry. The load bearing capacity and
dissipation characteristics of repaired specimens as well
as mechanism of their response to lateral loading is
discussed later in this paper.

Figure 5Joint type 4 during test in original configuration (left)
and in repaired configuration (right)

3 SELECTED TEST RESULTS
3.1 COMPARISON OF HYSTERETIC RESPONSE
In continuation the selected results of the second phase
of testing will be briefly presented and discussed.
Hysteretic response of tested specimens contents the
information on ductility of structural element,
deterioration of strength due to repeating of horizontal
load to equal displacement, cycle to cycle stiffness
degradation and energy dissipation to viscous damping
of tested structure that passes different stages of gradual
damaging of its parts. Tested type of structural elements
is highly dissipative, where the most significant amount
of dissipation is caused by glass to wood interaction. Part
of dissipation is also caused by glued-in joint rods and in
some extends also by plastic deformations of steel
elements that connect frame with concrete base.
The response mechanism of tested specimens depends
on coupling of two load-bearing mechanisms. From the
response diagrams two phases of behaviour can be
distinguished: the first phase until failure of frame joints
and the second, post failure phase. In the first phase of
behaviour, the horizontal loading is carried both by inglued rods in frame joints and by friction between the
glass panels and frame elements. The vertical load is
carried by timber struts and by glass panels. After joint,
the vertical loading partly redistributes from studs to
glass sheets what increase their contribution in carrying
of horizontal load by glass-to-wood friction. Until failure
of joints the load-bearing capacity is gradually
increasing from cycle to cycle depending of the level of
applied displacements. After failure the load bearing
capacity depends mostly on friction and it is practically
constant regardless of the level of applied displacements
until the achievement of large deformations of specimen.
In Figure 6 the responses of single glazed (F11) and
double glazed (F9) frame are compared. Less expecting,
the average load bearing capacity is practically equal in
both cases. The joint failures at lower displacements was
observed what might be due to lower dissipation ability
because of half of sliding surface in the case of single
glazing comparing to double glazing.
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Figure 6:Comparison of the response diagrams of single and
double-glazed specimens with the same dimension of glued-in
rods (a) and double-glazed specimens with different glued-in
rods (b)

Figure 7: Comparison of the response diagrams of original and
repaired specimens: double-glazed frame with =14mm rod (a) and
single-glazed frame with =10mm rod (b). Letter “S” in the name of
specimen means “repaired”.

The observed differences in response of specimens with
different dimension of glued-in rods ( 10mm vs. 14mm)
are mainly the consequence of joint configuration where,
due to difference in rod dimension, the contact rod-towood stresses were approximately 30% lower. It
reflected in load bearing capacity of specimen with
thicker rod, which were 14% higher then load bearing
capacity of specimen having thinner rod (Fig 7 (b)). On
the other side, the advantage of thinner rod is in higher
joint ductility due to ability of larger plastic deformation
of rod before the splitting fracture of the CLT joint.
During testing the load was transferred from the lower
lintel via vertical studs of to the upper, fixed lintel by the
glued-in rods. The rods were glued in the central layer of
the CLT stud and beam in the manner that the horizontal
force act perpendicular to the grain of the central layer
and the axis of the glued-in rod. During cyclic loading
rods compressed surrounding wood. When they reached
ultimate embedment strength of horizontal timber
elements (i.e. lintels) the shear failure occurred along the
surfaces of inner layer of CLT lintel in direction of free
edge.

In the cases of strengthened specimens, the failure
mechanism was different. The load-bearing role of
glued-in rods was replaced by load-bearing horizontal
steel ties anchored in steel plates placed at the ends of
horizontal frame elements (i.e. lintels). At achieved
ultimate load the due to reaching the ultimate
compression strength perpendicular to the grain, failure
was occurred by squeezing of the wood in the contact
with anchor steel plate.
In Figures 7 and 8 the effect of strengthening is
illustrated. As mentioned before, the horizontal load
induced by displacing of lower edge of specimens were
carried by the anchored horizontal steel ties while
glazing acts as a bracing and energy dissipative
component. The increase of load bearing capacity was
not significant in case of double-glazing (F10) while in
the case of single glazing (F11) it was in range between
10 to 30%. Behaviour of strengthened specimens was
symmetric regarding the regarding load bearing in both
directions of excitation, while in the case of original
specimen the difference in load bearing capacity was
20%. Since the entire horizontal load has been carried by
anchored horizontal steel ties and glazing acted as a
frame bracing and energy dissipative element the load
bearing capacity of both tested specimens was in the
same range of value. Since double-glazing enabled
higher rate of dissipation, the failure of joints has
occurred at larger displacements and the ultimate
ductility was higher (Figure 8).
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of tested specimens, it can be considered as their own,
unique characteristics. Ck is very useful parameter that
can be well employed in process of validation of
computational models, when the experimentally obtained
and calculated hysteresis responses are compared.

Figure 8: Comparison of the response diagrams of doubleglazed frame with =14mm rod and single-glazed frame with
=10mm rod (a) and both in strengthened form (b). Letter “S”
in the name of specimen means “repaired”.

3.2 PARAMETERS OF HYSTERETIC CURVES
Comparison of hysteresis backbone curves illustrates the
differences in response of tested specimens. The curves
show the amount of load bearing deterioration at
repeating of deformations (three cycles to the selected
displacement). The deterioration was insignificant. The
load bearing capacity and stiffness of specimens is also
influenced by material properties on local level
especially in the frame joints. Therefore, it is difficult to
distinguish the influence of structural properties (single
vs. double glazing, dimension of in-glued rods) from
influence of local timber properties especially when the
differences are in the range of 10%.

Figure 9: The hysteresis backbone curves of the selected cases

One of the main parameters describing the hysteresis
response of structure is stiffness degradation. It can be
calculated from the stiffness of the chosen loop and
effective stiffness of the specimen in the early elastic
stage. In the case of tested structural elements, the
effective stiffness (Ke) was calculated from the
inclination of the several first hysteresis loops in the
elastic range of response (Fig. 10). From the coordinates
of the subsequent hysteresis turning points ( i, Fi) the
inclination (stiffness Ki) of each corresponding loop was
calculated. The diagram of stiffness degradation can be
mathematically defined by equation 1 below, where the
parameter Ck is named “stiffness degradation factor”.
Since its values are calculated from hysteresis response

Figure 10: Definition of the stiffness degradation factor Ck

(1)
where
Ke=effective
stiffness,
Ki=stiffness
of
corresponding loop and Ck=stiffness degradation factor.
In Figures 11 and 12 below, the experimentally obtained
data on cycle-to-cycle changing of degradation factor Ck
are presented. The shape of curves is of the same kind,
but values depend on the own hysteretic properties of
each structural element. The values of Ck show a level of
structural degradation expressed by lowering of its
stiffness.
Due to damages of structure at certain level of
deformation its stiffness at achieved equal displacement
in the opposite direction of excitation is lower than when
it was achieved for the first time. This” softening” effect
reflects in the values of Ck, which are in most cases
lower in the direction of opposite excitation. The
magnitude of differences in values of C k shows in which
extend of symmetry is development of damages in
structural elements. In the case of tested types of
structural elements, the symmetry is much higher than in
the cases of other types of structural elements as, for
instance, reinforced concrete frames with masonry infill.

WCTE 2016 e-book | 4904

Where =equivalent coefficient of viscous damping,
Ah=surface of the corresponding hysteresis loop and
max=maximal displacement of the corresponding loop

Figure 13: Experimentally obtained viscous damping
coefficients of the selected cases

In Figures 13 and 14 the calculated coefficients of
viscous damping are compared. Diagrams, showing the
values of coefficients of viscous damping in relation to
displacements can be observed as an illustration of
hysteresis dumpingin different stages of deformations of
tested structure.

Figure11:Experimentally obtained stiffness degradation
factors Ck of the selected cases

Another important parameter that quantifies hysteresis
response of structural elements is the equivalent
coefficient of viscous damping ( , which could be
calculated from hysteresis response as explained below
and formulated by equation 2.

K
Ah

max

Figure 12:Definition of the equivalent coefficient of viscous
damping

(2)
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Figure 14:Experimentally obtained viscous damping
coefficients of the selected cases

4 CONCLUSIONS
Glass is widely used in design of contemporary timber
structures, but not yet in large extend as heavy load
bearing material. One of reasons is in current costly or
relatively complicated application in buildings as well as
due to lack of codes. In order to contribute to wider
introduction of structural glass in construction sector, the
CEN/TC250 launched the preparation of Eurocodes for
use of structural glass in buildings. In scope of these
trend researchers from University of Zagreb and
University of Ljubljana joint their efforts to develop a
universal structural element that could be used in
construction of new structures as well as an element for
strengthening of existing structures including heritage
buildings. The element is composed of CLT frame with
glued-in rods in joints and filled with single or doubleglazing made of semi-toughened two-ply laminated
glass. Glass is installed in frame in way that during
horizontal loading dissipates energy by glass-to-wood
friction. Such an element is produced in factory and
installed on site by steel connectors between CLT frame
and surrounding structural elements made of any
structural material.
The ongoing experimental research gave some answers
about behaviour of structural element loaded by constant
vertical load and cyclic horizontal load (racking
loading). The ductile and highly dissipative character of
element has been proven. The possibility of simple,
economic and yet very efficient repair and strengthening
was successfully demonstrated. Test results show that
there is practically no difference in load bearing and
stiffness between single or double-glassed frames, while
it is a significant difference in energy dissipation.
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NUMERICAL EVALUATION OF SEISMIC CAPACITY OF STRUCTURES
WITH HYBRID TIMBER - GLASS PANELS
Jure Barbalić, Vlatka Rajčić2
ABSTRACT: Fulfilment of conditions given by European design codes for structures in seismic regions presents a
problem during the design of new and repairing of existing structures. Although there are various options, obvious
choices are solutions which provide increase of rigidity and seismic capacity with minimal increase of structural mass.
Current research at the University of Zagreb, performed in cooperation with the University of Ljubljana, is leading to
the development of special kind of high-ductility hybrid panel made of timber frame with supporting laminated glass
infill, which, in addition to strength and stiffness, is also characterized by high level of seismic energy dissipation. This
paper objective is to give preliminary assessment of application of hybrid panel as seismic reinforcement in concrete,
steel and timber frame structures. Finally, to provide more accurate input data, numerical results are compared for the
structures tested in full-scale shaking table test.
KEYWORDS: composite system, timber, glass, glued-in rod, frame structures, earthquake, seismicity, Eurocode 8

1 INTRODUCTION 123
Most structures in seismic active areas built before 80s,
from structural aspect, are faced with two significant
disadvantages: they are designed as seismically
unreliable due to lack of appropriate standards in
specified time, and also, they were built as structures
with low possibility of dissipation of earthquake energy
(lack of reinforcement, improperly created joints,...). The
architectural concept design of new structures, however,
tends to energy efficiency, so, transparent facade
surfaces are oriented to sunny sides. This type of
structure in spite of their advantages, are very
problematic when exposed to lateral loads. Considering
all this issues, there was a need for a system that will in
same time significantly increase the seismic resistance of
structures, will not substantially change its own weight
and satisfy all requirements of architects. Research
performed at the University of Zagreb in cooperation
with the University of Ljubljana have led to idea of
developing a unique, high ductility hybrid panel (Rajcic,
Zarnic) made of timber frame with supporting laminated
glass infill, which, in addition to strength and stiffness, is
also characterized by high level of seismic energy
dissipation [1]. Final purpose of these studies is
introduction of research and development results into
practice, and thereby, providing economically viable and
technically feasible solution for two major problems:
strengthening of existing structure with insufficient
seismic resistance (in order to extend the lifetime of
structure), and solving problem of load capacity and
1
2

Jure Barbalić, University of Zagreb, jbarbalic@grad.hr
Vlatka Rajčić, University of Zagreb, vrajcic@grad.hr

stiffness of transparent planes in design and building of
new structures. Considering that the mentioned tests
were only done on the level of the element, for the
purpose of further research, it is necessary to evaluate
the impact of the panels on the behaviour of real
structure due to seismic load.
Because the installation of panel is provided mostly for
frame structures, paper gives the discussion only for
reinforced concrete, steel and timber frame structures. In
order to provide more accurate input data for numerical
model and evaluation of structural and functional
performance of structures under design-level or real
ground motions, numerical results are compared for the
structures tested in full-scale shaking table test. Those
tests are part of the different studies which are presented
in papers [2], [3] and [4].
The following paper chapters will: in short describe
specifications of innovative structural timber-glass panel
system; explain the concept of increasing seismic or
generally lateral resistance of frame structures with
hybrid panels; give the results of numerical analysis for
structures without and with panel reinforcement; give the
conclusions and notes for further research which should
be useful in implementation of this system.

2 INOVATIVE HYBRID TIMBER-GLAS
PANEL SPECIFICATIONS
The idea for composite structural system made of timber
and glass dates from 00s, so currently, there is small
number of researchers in the world who deal with this
topic. In recent years, only several papers have been
published on the topic of quasi-static and dynamic tests
of timber-structural glass composite systems.
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Based on the conclusions of CEN group that
development of new Eurocode is needed [5],
international research group (Rajcic, Zarnic) presented
the idea for new structural element made of CLT frame
with supporting laminated glass infill. Through several
projects and bilateral co-operations, mentioned research
group applied the system different from other known
timber-glass composite systems. The main idea was to
create joints in which the negative impact of fasteners on
glass is prevented, and to develop a system that will
dissipate seismic energy and thus be acceptable in
earthquake-prone areas. [6] Compared to the model used
by other researchers in the field of timber-structural glass
composite system, the difference is made in idea to put
the glass panel inside the timber frame instead of glue it
on frame. In such system the glass panel lean directly on
the timber frame and load transfer occurs through
contact of those two materials and friction force between
them. Intentionally, glass isn’t connected to the timber
elements with mechanical fasteners or by gluing,
because it is incompatible with materials such as steel as
well as adhesive, which are preventing the development
of friction forces. In the end, using of such ways of
connecting results with brittle fracture of the glass.
Therefore, lot of attention is given to the development of
the timber elements joints. [7-9]
As part of the research, the specimens were tested.
Specimens are corresponded to panels commonly used in
timber structural engineering, so the size of one panel
was 3222×2722 mm (Figure 1). The glass infill was
composed of two identical panes of partly annealed float
laminated glass measuring 2900×2400 mm, which were
placed into the timber frame. The laminated glass panels
10 mm in thickness were bonded together with an EVA
layer 1.6 mm in thickness. The glass panels were
separated from one another with the timber lath, and
timber frame was equipped with lateral timber purlins on
both sides preventing tipping over and falling, as shown
in Figure 1. Timber frame elements (class C24)
measured 90×160 mm in cross section. [8]

Figure 1: Developed composite system in research conducted
by Rajcic and others [8]

Figure 2: Quasi-static test of composite systems presented by
Rajcic-Zarnic (i) and typical failure modes (ii) [8]

The research [7-9] has been included basic materials
tests as well as numerous tests performed on "empty"
frame and full panel specimens. Several variations in the
design of frame corners were made: with one bolt, with
two bolts and with one bolt and punch nailed plate.
Those joints proved to be insufficiently ductile, so it was
necessary to consider a high capacity joint with plastic
behaviour. The glued-in rods were proposed (M10 and
M14 8.8 steel bars were considered). Also, tests have
been performed different boundary conditions (shear
cantiliver, constrained rocking, shear wall) and with the
conduct of both monotonic and cyclic tests. In those tests
specimens were loaded with lateral force as well as with
vertical 80 kN load (weight of four storeys of
prefabricate timber building). The sample was also tested
on a shaking table at the IZIIS Institute in Skopje,
FYROM. [7-9]
Based on the tests, the failure mode of composite timber
frames with glass infill was determined (Figure 2), and
the layout of outside horizontal actions affecting separate
composite elements was defined. Hysteresis response
data showed a very ductile behaviour of the compound
in the corners of the frame and the great way of spending
seismic energy which contributes to the development of
the forces of friction between wood and glass. The
failure occurred in the timber frame corner, followed by
the friction force between timber and glass taking over a
considerable amount of horizontal load, i.e., the seismic
energy was dissipated through the sliding of glass on
timber and activation of the joint in the corner of the
timber frame. Failure or system occurs at the time when
stresses in timber reach compression strength.
Propagation of failure resumes with plastification of
steel rod, whereby final failure mode depends on
boundary conditions (compression failure by extracting
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of the central lamellae or tension failure by pulling rod).
The results show that the same failure mode was
registered during quasi-static racking tests and during the
shaking table tests.
Experimental tests [7-9] have proven that timberstructural glass composite systems behave exceptionally
well in dynamic and cyclic conditions. The timber frame
protects the glass panels and, in combination with glass
infill, it represents a system resistant to considerable
seismic excitations while at the same time, it maintains
its vertical stress bearing capacity. Tests also have
proven that numerous parameters affect behaviour of
timber structural glass composite systems subjected to
horizontal action, which makes the static calculation and
design of such systems a very demanding process.
The researchers have concluded that timber-glass loadbearing systems can be used in various structural
applications, depending on the required bearing-capacity
or ductility levels.

building. Still, seismic load cause extra shifts which can
significantly undermine the system stability and
consequently lead to failure.

3 SEIZMIC ANALYSIS
3.1 BASIC PRINCIPALS
Wind and earthquake are considered to be typical lateral
action on structures. For most of structures, more
important problem is the effect of earthquake, as well as
an accidental load which results with catastrophic
consequences. The objective of valid standards for
design and construction of buildings and other structures
in seismic active areas, EN 1998, is to provide that
structure during an earthquake realize the preventing of
destruction and limited damage criteria. Therefore,
design should be based on the principles of structural
simplicity, uniformity symmetry and redundancy, bidirectional resistance and stiffness, torsional resistance
and stiffness, diaphragmatic behaviour at storey level
and adequate foundation. [10] The easiest way to design
seismic-resistant construction is to select simple robust
and ductile structural elements. Simplicity of structures
implies the existence of unambiguous and direct transfer
of seismic forces to the foundation as well as
symmetrical and compact plan in both orthogonal
directions. On the other side, ductility can be described
as ability of the structure to keep resistance after leaving
the elastic behaviour area, or as ability to achieve large
deformation before failure (Figure 3). The nonlinear
behaviour of structure depends on properties of building
materials as well as on structure or joints way of design.
For structures in seismic environment, ductility is
important because the most of seismic energy,
introduced in the structure system during an earthquake,
is dissipating with plastic deformation of structural
elements or joints. [8] In case that the collapse of
structure is inevitable, ductile failure is favourable
because in this case the failure of the system was
announced. According to EN 1998 design of structural
elements within the allowable displacement is necessary,
where the damage of such elements is allowed, but only
in elements whose behaviour is ductile. Usually,
commercial building systems can save 10 to 15
millimeters of elastic horizontal displacement, which is
enough to reach the demands during the lifetime of the

Figure 3: Typical example of brittle (i) and ductile (ii) failure
of frame structures exposed to earthquake ground motion [11]

The reference method of EN 1998 for determining the
seismic effects on a building is the modal response
spectrum analysis, using a linear-elastic model of the
structure and the design spectrum. A simpler lateral
force method is also allowed, however it can only be
used for buildings regular in plan and elevation and
conditionally for buildings regular only in plan.
Unfortunately for the designers a vast majority of
today’s buildings does not comply with such criteria.
Consequently the linear modal analysis or any type of
the nonlinear methods must be used. Current codes of
practice suggest two different approaches for design of
ductile structures in earthquake-prone regions. [12] The
first approach, well-known and widely used is referred to
as Force-Based Design method since it mainly focuses
on designing the strength of structure. The second
approach, which explicitly refers to the structural
ductility in addition to the strength, is based on a Nonlinear Static Analysis procedure. The purpose of this
approach is the evaluation of the actual structural
response mainly in terms of ductility demand and, hence
ultimate displacement induced in the structure by
earthquake ground motion. The NSA procedures are
generally based on the evaluation of the push-over curve,
which represents the response of the structure under a
lateral loading distribution schematising the seismic
action. A number of different methods have been
proposed, including the N2 method, which has been
adopted by the EN 1998. [13]
One of the most important parameters when using the
modal analysis is the horizontal stiffness of a building.
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Stiffness and mass determine the structure’s vibration
periods and hence the influence of an earthquake’s
frequency content on a structure’s response. If a low-rise
(only ground floor) building’s vibration periods are
overestimated (too long) the resulting seismic forces can
yield too conservative. If the periods are underestimated
(too short), the results yield on the non-conservative
side. The situation is just the opposite for higher
buildings where the overestimated periods yield on the
non-conservative side and vice versa. Hence great care
must be taken in assigning the wall’s correct stiffness.
In the case of timber-glass panel, the stiffness is
predominantly dependent of the shear and hold-down
behaviour of joints in frame corners. However, glass
infill greatly increases panel stiffness, whereby the
influence of friction between timber and glass also needs
to be taken into account. For the static calculation of
frame building reinforced with timber glass-panel, whole
system could be replaced with only one element, where
the influences of the timber frame, glass infill and angle
connections are joined together in the substitution
diagonal. It must be noted, however, that such a truss
simplification is mostly suitable for linear elastic design
as it is practically impossible to analytically join the
nonlinear hysteretic response of all the aforementioned
parameters in a single element. On the other hand, linear
elastic design only demands the correct stiffness. The
failure mechanism is only force dependent, hence a
substitute diagonal can provide enough feedback.
Though technically such simplified approach could also
be used for nonlinear static analysis and displacement
based design methods (i.e. the N2 method) if several
plastic hinges were to be incorporated in the diagonal
element.
3.2 PROPOSALS FOR CALCULATION OF
PANELL STIFNESS
Basic principle of panel installation is to connect the
beams of timber frame with horizontal structural
elements of building. Connection derived by angular
brackets has a higher bearing capacity than connections
in frame angles (single glued in rod). By such solution
horizontal force is transmitted directly to the panel
without compromising the link between panel and frame
structure.
According to analysis of the different types of frames
with infill, such as concrete or steel frames with different
types of infill (masonry infill as well as concrete, steel
and timber panels as infill), there isn’t many similarities
to describe this system. However, on the trail of the
studies made by Susteric et al. [12] certain similarities
between the behaviour of CLT panels and timber-frame
composite systems were found.
The evolution of the proposed finite element model (if
using a substitute diagonal) is presented in Figure 4. The
Figure 4(i) [8] shows a possible panel system-frame
structure assembly. Panel is connected with frame with
four shear angular brackets on the top and the bottom,
while timber frame elements (girder-column joint) are
merged by single glued-in rood. Next picture, figure
(Figure 4(ii)) shows an exact FE model where solid and

Figure 4: The evolution of the proposed finite element model
for composite timber-glass panel

contact elements are used to model composite panel [8].
In the Figure 4(iii) the first simplification is shown.
Panel are modelled with substitution diagonals (trusses)
and individual springs are placed in discrete points in the
corners of the new trusses. Such a model is favourable
for nonlinear dynamic analysis. The last one, Figure
4(iv) shows the fully simplified FE model, where the
influences are joined together in the substitution
diagonal.
Fully simplified FE model provides an accurate
calculation of the overall panel stiffness, but, it doesn’t
provide all information necessary for design analysis.
Considering the previous research [7-9], it was observed
that during the horizontal force action, at the time when
bearing capacity was reached, a glass infill is activated in
form of pressure strut.

Figure 5: Equilibrium of displacements on a finite
element model for composite timber-glass panel
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Regardless to the boundary conditions, width of such
stud is equal to 1/12 of the total length of the glass panel
diagonal. With known element cross-section (mentioned
with × total thickness of glass panels) and calculated
panel stiffness, it is easy to define (Equation (1)) an
appropriate MOE of such element (Figure 5):

Eeff 

D  k panel

(1)

AD

where Eeff = effective MOE, D = length of composite
panel diagonal, kd = composite panel stiffness and AD =
effective cross section area.
Horizontal stiffness of composite panel is given in
Equation (2):

 1
1
1 


k panel  
k

 glass kc ,bending kc ,shear 

dynamic friction coefficient of timber-glass contact
(according to performed tests it could be estimated as
0.15), Lglass = length of glass panel and dglass = total glass
panel thickness. According to performed tests, it could
be estimated that 60% of vertical line load distributed on
glass panel and 40% on timber columns. Although shear
stiffness of glued-in rods can be considered as screws
(by EN 1995 expressions for Kser [16]), again, there is a
lack of papers [17, 18] dealing with problem of glued-in
rods shear strength, especially if we consider the strength
due to combine shear and bending loading.

1

(2)

Because the glass infill is just leaned inside timber
frame, we can ignore the stiffness of the timber columns
(because there is no connection between timber and
glass). So, we may consider only the stiffness of the
glass panel, given in Equation (3):

k glass 

1
4 H

3
glass

E glass  L3glass  d glass



H glass

(3)

Gglass  Lglass  d glass

where Eglass = Young’s modulus for glass, Gglass = shear
modulus for glass, dglass = total thickness of glass infill
and Lglass and Hglass are the complete glass panel length,
i.e. height.
The bending stiffness (kc,bending) of a timber frame
connections can be expressed with Equation (4):

kc ,bending 

2
K n  L2n qvert  Leff  K n  Ln

H2
H 2  Rc ,n,Rd

(4)

where Kn = axial stiffness of glued-in rod, Rc,n,Rd = pullout capacity of glued-in rod, Ln = distance of rod from
the point of rotation, Leff = length of the panel from the
point of rotation to the other end of the panel (may be
estimated as 0.9L), where L and H are the complete
panel length, i.e. height. The vertical line load on the top
of a wall is represented by qvert. There are numerous
expressions for glued-in rod pull-out capacity in
literature [14], but neither, the scientific community or
official European regulations, haven’t adopted some
proposals yet. On the other hand, only few papers [15]
were dealing with problem of axial stiffness, but no one
give the proposal for calculations. If the panel placed in
the structure such that the cantilever behaviour is
prevented, bending action may be ignored.
The shear stiffness (kc,shear) of a timber frame
connections can be expressed with Equation (5):

kc ,shear  4  K c ,shear 

0.6  qvert  L2glass  d glass  c
u slip,Rd

(5)

where Kc,shear = shear stiffness of glued-in rod, uslip,Rd =
slip of the weakest conector at the design strength, c =

Figure 6: Idealized bilinear behaviour of composite systems
presented by Rajcic-Zarnic [8]

On the end, because of insufficient data needed to verify
this hypothesis, the main objective of further studies at
the University of Zagreb is to give parametric analysis of
composite panel. In purpose of this paper, there would
be only consider the idealized bilinear behaviour of
tested panels with known dimensions and stiffness
(Figure 6).

4 NUMERICAL EVALUATION
4.1 CASE STUDIES
Obtained properties of such, mechanically connected,
hybrid timber-glass panel, indicate a possibility for
application of the panel in the construction and
reconstructions of structures. No matter which boundary
conditions are, structural glass in the panel has sufficient
capacity to take significant vertical load, and also,
interaction between structural elements is leading to
redistribution of lateral load. [8] To estimate increase of
seismic capacity of frame structures reinforced with
panels, three different numerical models are done.
Purpose of such numerical modelling is to compare
storey drift displacements as well as maximum allowable
ground acceleration for structures with and without
composite panels.
The first case study shall be performed on a three-storey
plan-asymetric structure. The structure represents a
typical house unit in most earthquake-prone areas of
Europe in which the issues related to the plan
irregularity, poor local detailing, scarcity of rebars,
insufficient confinement and weak joints combined with
older construction practice are commonly found. The
structure was conceived as a representative of typical
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non-earthquake-resistent older construction in Southern
European countries. It was designed for vertical loads
only, with the construction practice and materials
commonly used in Southern Europe in the early 70’s
(C25/30 concrete and smooth steel bars with fy = 320
MPa). The building’s floor plan, cross section and
typical reinforcement in columns and beams are shown
in Figure 7. This structure as pseudo-dynamically tested
at full-scale ad analysed within the scope of the
European project SPEAR. [2]

direction. Each story is 3.5 m high, making the overall
story height equal to 14 m. The wide flange beams
ranged from 340 to 400 mm deep, columns were of
square hollow sections of 300 mm wide and through
diaphragm connection details were adopted in which
short brackets were shop-welded to the columns. The
nominal steel strength is 235 and 295 MPa for the beam
and column, respectively. Metal decksheets were
connected to the beams through studs and wire-meshes
were placed above. Full composite action was expected
between the steel beams and 175 mm thick floor
concrete slab. External wall cladding panels of ALC
were placed on three sides of the frame and the specimen
was attached with typical non-structural components
used for a steel building. This structure is a part of the
experimen387tal project on steel buildings conducted at
the E-Defense shake-table facility, and overview of the
project is presented in [3].

Figure 7: Geometry specifications of first case study structure
(SPEAR structure) [2]

The second case study shall be performed on a fourstory, two-bay by one-bay steel moment frame building.
The structure represents a typical office unit designed
following the most common design considerations
exercised in Japan for post-Kobe steel moment frames.
Figure 9: Geometry specifications of third case study structure
(CLT panel structure) [4]

Figure 8: Geometry specifications of second case study
structure (steel moment frame structure) [3]

The building (Figure 8) has plan dimensions of 10 m in
the longitudinal direction and 6 m in the transverse

The third case study shall be performed on a three-storey
CLT house of about 7×7 m in plan and 10 m of total
height with a pitched roof, as illustrated in Figure 9. The
structure represents a typical timber house unit with
undesirable large openings in the ground floor. The
building was constituted of four outer walls which were
made of CLT panels of 85 mm of thickness and one
inner wall of the same thickness with a 2.4×2.25 m
opening in the middle at each floor. The two floors were
also made with CLT panels of 142 mm of thickness and
the roof panels had a thickness of 85 mm. The second
and third level outer walls of the building had all two
1.1×1.2m openings for windows. Ground level had two
external parallel walls with opening 2.4×4 m and
2.4×2.25 m openings. Elements were connected on usual
way, with commercial type of screws, holdown anchors
and shear angular brackets. This structure is a part of a
more comprehensive program named SOFIE Project
which objective is to obtain performance data to support
the acceptance of seismic provisions of multi-storey
CLT buildings for EN 1998. [4]
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4.2 NUMERICAL MODELS
The numerical models (Figure 10) were developed in the
finite element software CSI SAP [19] to carry out the
modal analyses according with general principles of
design defined by European standards and the finite
element method.
An attempt was to develop models which would take
into account realistic mechanical properties of all
constituent elements. Geometry of each model was
determined by showed plans. Columns and beams were
taken into account as line elements, while the concrete
floor plates, CLT walls and slabs have been modelled
with shell elements. In first and second case study
connection between two line elements as well as
connection between shell and line elements was
modelling as rigid. In third case study, connection
between walls was modelling as rigid, but connection
between slabs and walls was represented by springs with
stiffness equal to secant stiffness of hold-down and shear
anchors calculated in [20]. Interaction of foundations and
ground was not taken into account, so the columns end
on rigid and CLT walls on pined joints.

Figure 10: Numerical models of case study structures
reinforced with composite timber-glass panel presented by
Rajcic-Zarnic

Material characteristics into the models also correspond
to real ones (for reinforced concrete as well as for steel).
CLT was taken into account as homogeneous orthotropic
material with mechanical characteristics calculated
according to the method with composition coefficients
(Blaß, 2004.)
Composite panels were fully simplified and introduced
in model as substitution diagonal (it is important to
mention that element transmits only compressive force).
Material parameters as well as stiffness of diagonal
member were calculated according to previous chapter.
Panels with 10 mm diameter glued-in rods, and two
based static system ("shear cantilever" for top floors and
"constrained rocking" for others) were taken into
account. Positions of panels in the structures will be
shown in the figures as follows.

The seismic load was designed according to EN 1998.
The base shear force Fb(T1) was therefore calculated
according to the ordinate of the design spectrum Sd(T1) at
period T1 and the total mass of the building W. Design
mass source assumes dead load and 30% of live load. All
parameters required for seismic load design are
presented in Table 1.
Table 1: Parameters required for seismic load design

Parameter
Ground acceleration ag/g
Spectrum type
Behaviour factor q
Correction Factor λ
Damping ratio
Ground type
Soil factor
Reduction factor ν for SLS

Value
0.15-0.65
1
1
1
5%
B
1.2
0.5

It is necessary to explain that although research has
shown that damping ratio of panel system is about 1%,
damping ratio of 5% (as a standard value for buildings)
will be applied. Additional weights of 2.25 kN/m2 have
been added to each floor to account the weight of
finishing and insulating layers typically used in building.
Also characteristic live loads on each floor have been
added as 2 kN/m2. European codes [10] proscribe that
the combination factor for earthquake action is 1.0 for
dead loads, 0.3 for live loads and 0.0 for snow and wind
loads, therefore no additional weights on the structures
have been placed. Two combinations were taken into
account. Each one assumes dead load and earthquake
loads in one prime direction as well as 30% of live load
and earthquake load in one other direction.
The internal forces, moments and stresses in elements of
respective structures (as statically indeterminate)
software determined by using an elastic global analysis.
So, the ratio of load and stress is linear, irrespective of
the level of stress. Also, the theory of the first order was
applied assuming an eccentricity of elements from the
default axis.
The construction capacity verification was carried out
with respect to the limit values of displacements and
storey drifts which was conducted in accordance with
European design codes.
Table 2: Comparison of maximum allowable ground
acceleration for the basic and strengthened structures

Maximum allowable:
ground acceleration [g]
storey drift [mm]
displacement on top [mm]
Basic
0.27
1
18
54
Strengthened (+69%) 0.47
Basic
0.82
2
29
116
Strengthened
(0%) 0.82
Basic
1.4
3
19
57
Strengthened
1.5
(+7%)
The results (Table 2) of numerical analysis indicate the
effectiveness of composite timber-glass panel. For the
Case
study
structure
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first case study, by installing panels, bearing will be
increased by 69%. This was expected due to poor
seismic capacity of SPECTRA system. On the other
hand, high stiffness of second case study resulted with a
negligible effect of panel. Therefore, it can be assumed
that the behaviour would be favourable in steel bracings
frames (where panel could replace bracing system).
There is a certain improvement in the third case study if
a large opens are replaced with panel, but it would be
more interesting to check the behaviour of a system if
the base floor walls are made of composite panels.

5 CONCLUSIONS
The basic principle of design standards for structures in
earthquake environment is to achieve a condition of
sufficient ductility and energy consumption of the entire
system. Glass, as a material with high pressure strength,
and timber, which ductile mechanical joints are spending
a significant amount of seismic energy, may be
combined in hybrid panel form. Such composite system
is characterized by large load capacity, sufficient
ductility, simple assembly during construction and
exceptional aesthetics, energy and economic values. So,
it has significant potential in the construction and
reconstruction of structures.
According to Rajcic-Zarnic hybrid panel solution, there
was a need to do numerical evaluation of seismic
capacity of frame structures reinforced with panels by
modal analyses. In this paper simulation for
representative sample of reinforced concrete, steel and
timber structures was given.
Previous
research
gives
significant
scientific
contributory but only on level of element. On the other
side, this paper demonstrated the effectiveness of the
panel built into the actual buildings. In the context of
further research is necessary to examine the other
characteristics of the panel element (behaviour without
vertical load and with out of the plane load, effect of
temperature and humidity changes etc.) Also it is
necessary to carry out the parametric analysis of panel
and find the equation for simplified calculation of panel
bearing capacity. However, significant problem is the
lack of research data in the field of joints with glued-in
rods.
Finally, such research would clearly determine the
essential characteristics of the panel in terms of
structural problems, and thus, enable the introduction of
innovative system in building practice.
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GEOMETRICAL ASPECTS FOR THE DESIGN OF PREFABRICATED
LOAD-BEARING TIMBER-GLASS-FACADES
Khaled Saleh Pascha1, Vitalija S.Pascha2, Wolfgang Winter3
ABSTRACT: The considerable increase in the architectural demands for highly transparent and load-bearing structures
have recently resulted in the development of an innovative hybrid structure. This article provides a review of design
parameters for Timber-Glass composite facades. The design/architectural question, which arose in the project, was how
to define the interface of the prefabricated glass-timber-elements with the shell building. Through different design
proposals different criteria as admittance of building tolerance and dilatation, load-bearing transfer capacity, maintenance
requirements and architectural and design qualities were defined and verified through 3-d-models, prototypes and mockups.
KEYWORDS: façade system, building envelope, composite construction, timber, glass, envelope

The article consists of three major parts. Together with a
brief introduction to LBTGC, its development, testing and
load-bearing capacity in Chapter 2, reader will be
introduced to a systemized analysis of design parameters
and guidelines of different concepts of LBTGC in respect
to their potential applications. And finally the set of
design concepts will be presented in Chapter 3. These
developed concepts aims to verify potential of this
innovative structure as well as its aesthetic appearance
and highlight the issues for further investigation.

1 INTRODUCTION
The European countries have to face profound changes in
the demand for buildings, e.g. the quantity, the quality, the
size, the functionality, the flexibility, the expected
lifetime for new or for refurbished buildings have
changed. The technical possibilities have multiplied, new
materials and new construction methods appeared and
finally a set of completely new requirements concerning
environmental aspects and criteria of sustainability has to
be translated into the built reality.
It is well known that the presence of natural sunlight
improves the health of the persons living or working in
buildings. Therefore, the possibility to increase the glass
surface in buildings through load-bearing composite
elements of wood and glass are of high interest. Beside
this trend, modern housing and architecture is orientated
towards high living quality and low energy consumption.
In addition, the aim to reduce CO2 emission and
greenhouse gases means that buildings will have to be
designed including solar design concepts and ecological
1

approaches in terms of material. Glass as a façade
component provides significant solar heat extraction by
its selective transparency. Modern passive houses use this
advantage and require solar energy by means of large
glass areas and thereby are able to obtain the needed
energy without conventional heating system. In respect of
climate change great quantities of CO2 are saved,
something that is even more pronounced by the use of
wood as a building material.
Façades are more and more becoming integrating
structural elements, where such aspects as the regulation
of inside-outside environmental conditions or the
integration of building systems are major challenges and
tendencies in contemporary façade development. As a
consequence of energy concerns and efficiency issues, the
façade as environmental building interface is becoming a
complex organism of environmental and energetic
systems and its dependencies.
Nowadays, timber-glass façades are presumed rather an
“aesthetic” issue than a synergetic composite. As a
consequence, a certain inner logic of combining timber
and glass in a more sophisticated and feasible way could
be announced, which allows to step much further ahead
than just merging to materials independently in a
conventional timber-glass construction. What therefore is
lacking in recent developments in timber-glass
construction is the integration of more structural, loadbearing or force-transmitting aspects of timber-glass
facade, which probably could lead to a new concept of
structural behaviour of buildings, where besides the
stiffening core (escalator and stairway cages), shear wall
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functions and load-bearing capacity could also be
transferred to the façade. The consequence on the seismic
performance of the building will be a mayor point of
interest in this regard.
Two typical horizontal load cases are wind and
earthquake. More problematic of the two is definitely
earthquake, which implies a rapid high intensity dynamic
load onto the building, with the possibility of catastrophic
consequences. One of the basic principles when properly
designing a building to withstand horizontal loading is
trying to avoid plan irregularity as much as possible. This
means that a building’s stiffness should be uniform across
the whole plan in order to avoid unfavourable torsion
effects that otherwise will occur. The large glazed areas in
e.g. the southern facades of a passive house would thus
present a major problem for the engineers, since the glass
areas do not provide practically any lateral stiffness. In
those cases, a common practice in seismic engineering is
to use steel frame systems, which often complicate the
design, as these tend to cause thermal bridges and
complicate both the design and the erection.
The contribution of glass areas to the stiffness of a
building has traditionally been neglected in design. It has
rightfully been so because normal designs used for e.g.
windows provide relatively little strength and stability. In
fact, the general assumption for such components has
instead been that they should not be a part of the loadbearing structure.
With properly designed glass panes structurally bonded to
the frame, with adequate material selections, proper
design principles for the practicing engineer and
sufficiently stiff but yet ductile connection between the
glass and the timber- frame assuring a ductile failure in
the connection instead of a brittle one of the glass, fixed
“windows” could offer a considerable contribution to the
resistance of a building during horizontal loading. Due to
a ductile failure mode, a capacity design principle can be
derived for a general setup of a timber frame in
combination with a glass panel.
The research project Load Bearing Timber-Glass
Composites (LBTGC), a multinational EU-wide research
project in the institutional frame of the WoodWisdom-Net
intended to develop a building system composed of timber
and glass sections. It included design concepts, feasibility
studies and performance assessments of the components
in order to improve the overall performance.

2 LOAD-BEARING TIMBER-GLASS
FACADES
2.1 Short introduction and basic principles of Load
Bearing Timber-Glass Composite (LBTGC)
The load bearing glass joined to a metal sub-structure such
as the “Structural Sealant Glazing” type, is already widely
used and technologically recognized, as in automotive
construction, for example, where its principal use is as

part of the structural hull of the car body. In construction,
its use is generally infrequent, due to the size of the
elements, their long term performance and the
compressive tensions produced between the metal and the
glass when they expand from thermal difference, a much
greater effect in construction than in automotive building
due to the size of the elements.
It is for this reason that combining glass with wood has a
series of advantages that run from a favourable structural
performance for having very similar physical properties
(especially a very similar thermal dilatation, [1]) to the
possibility of mutual protection between the materials
involved (protection for the wood from the elements using
the glass on the exterior side and/or protection from the
glass to avoid force increases in the contact, using the
flexibility and adaptability of wood). Due to the fibre
structure base, wood presents good resistance properties
to traction while the glass resists compressive forces well,
showing a tendency towards break danger when the forces
pass certain limits [2, 3]. While with wood, the material
acts inversely: under the demands of large loads, the wood
tends to deform plastically until it fails completely,
maintaining a certain load bearing capacity for a certain
time, including in load situations above the calculation
studies.

Figure 1. Fixation principals of Timber-Glass-Elements. The
transfer points of the loads were developed in such a way that
only allow for the introduction of pressure forces in a controlled
way, avoiding that traction forces or moments be transmitted to
the glass which be harmful to them [4].

So, the combination of wood and glass results beneficial
due to that favourable combination of two materials with
very different structural aspects. Lately, composite
elements that combine wood and glass have been analysed
within several research projects [2, 3] and a number of
final dissertations and thesis [1, 4, 5]. As a result, today it
is possible to find some building prototypes that include
this kind of composite elements [6].
2.2 The application of wood-glass composite
elements
The Load Bearing Timber-Glass Composite (LBTGC)
enables load transfer of horizontal forces through the glass
pane so that the additional bracing elements for wind
bracing or stiffening the building could be omitted. This
innovative product provides new perspectives and
application possibilities:
1.

It can provide an improvement of resource and cost
efficiency, as the facade as the envelope itself
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2.

3.

performs as a structural unit: carries part of building
loads and gives additional stiffening for the building;
Provides the possibility to substitute conventional
facade joints like metal fitting and connector, as the
low-tech character of glued connection simplifies the
execution of the composite;
Allows more efficient and economically reliable
integration of active energy strategies, like solar
collectors and photovoltaic, into the structural
building envelope due to multi-functionality of the
element, great level of pre-fabrication and easy
access for maintenance.

Figure 2. Joint system. In the frame angles are block settings
that resist compression and thus allow the respective forces to
the glass that can be transmitted in a diagonal direction along the
glass pane. By restricting the introduction of forces at the angles,
the introduction of moments and bending forces in the glass pane
are limited. The silicone glue line transfers shear stress forces
from dilatation up to a certain point. Source: Author’s image

Possible applications of this load-bearing façade element
could include prefabricated homes, greenhouses, as well
as structural elements as part of a system that improves
existing buildings. Finally the creation of roof coffers and
structural facades with integrated thermal and hybrid solar
panels can be achieved: these elements could take
advantage of the facade attributes of impermeability,
security and easy access for maintenance.

3 GEOMETRICAL ASPECTS FOR THE
DESIGN OF PREFABRICATED
LOAD-BEARING TIMBER-GLASSFACADES
Many factors are involved when designing with structural
glass within hybrid structures, such as issues of
constructability, post-breakage behaviour, maintenance
and cost associated with replacement of elements. Other
criteria, such as functionality, architectural-aesthetic
quality and design autonomy, thermal behaviour and
environmental impacts are not less important.
A timber-glass composite consist of three structural
components: a glass pane, a timber frame and loadbearing adhesive joints, that is holding both parts together.

The glass pane within the composite, used in bracing
system, transfers both lateral and in-plane forces.
In the early concepts of structural composite for shear
walls, developed by Hamm [7], a glass pane was glued
directly on the timber frame construction.
Improving the system for façade application in respect to
maintenance, ensuring removal and exchange of damaged
elements as well as high degree of prefabrication, a
wooden adapter frame was later to be introduced by
Niedermaier [8]. This enables prefabrication of the shear
wall element in shop conditions, where the adapter frame
is glued on the glass pane under certified conditions and
thus enables a simplified installation of the whole timberglass frame on site by screwing the whole prefabricated
frame onto the building substructure.
Various developments of the joint detail and the crosssection of the frame were developed and tested and are
presented
in
the
following
Figure:

Figure 3. Schematic representation of different TGC assemblies
developed in different research projects [9].
1
two-sided joint, split frame
2
two-sided joint, full frame
3
joint on the face
4
two panes with one-sided joint
5
one-sided joint
6
one-sided joint with adapter frame
7
one-sided joint with adapter frame and additional
blocking
8
on face joint on the IGU seal

The developed assemblies can be classified into two basic
concepts: symmetric and asymmetric assemblies. The
assemblies where glass pane is positioned on neutral axis
(Figure 3, No. 1 to 3) have an advantage of eccentricity
free load transfer.
In the asymmetric assemblies where glass is glued onto
the exterior of the timber frame (Figure 3, No. 5 to 7) the
shear and compressive forces in the pane cause additional
bending stresses in the glass, deform the glazing out of
pane and increase the risk of buckling. Nevertheless,
those systems are the most promising for building skin
application since the glue line and the wood are better
protected against direct weathering if used as a bracing
element in the facade.
The symmetric composites would require further
protective measures when exposed to weathering. As well
as for composite with a bonding on the edge seal of the
IGU (Figure 3, No. 8). A special case is the two-sided
arrangement of the glazing analogous to timber-panel
constructions (Figure 3, No. 4). Sealing the cavity and
keeping it clean and dry is the crucial issue which remains
unsolved.
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The most straight forward joint design yields from a flat
joint on the glass surface running continuously along the
pane edges (Figure 3, No. 6). The racking deformation of
a shear wall with just a continuous adhesive bond relates
strongly to the joint rigidity. In the approach 7 (Figure 3,
No. 7) additional blockings at the edges of the pane
provide a direct load transfer and activate the compression
diagonal in the glass. However, the undefined interaction
of the bond line and the blocking – both with different
material characteristics – complicates structural design.
The cross-section shape becomes more complex. [9]
The technology applied for the transmission of forces
between the glass and the wood is made through a
specially formed frame that guarantees the mounting of
elements of large dimensions given that it only needs to
be assembled on site, and at the same time simplifies
prefabrication which has been done in studio conditions
with standards of cleanliness, temperature and clean
environment. While permitting a rapid installation
without the need for framing, this system maintains the
position of the glass panel under loads in a way that allows
for the movement caused by differential thermal
expansion, induced load deflection and structure settling.
This element will form part of the building envelope,
acting as a conventional load-bearing element that carries
load but tends to be opaque.
Within the project 4 different types of connecting the
prefabricated façade elements towards the building main
construction were analysed.

3.

4.

building construction? As the composite façade
construction is meant to carry vertical and
horizontal loads from the building, a reliable and
stable bolted connection between façade and
shell has to be guaranteed.
Maintenance: How to enable the replacement of
single façade elements in case of damage, endof-lifetime or client demand independently from
the rest of the building envelope? Overlapping
profiled frames can prevent or at least render
more difficult the easy replacement of single
elements. Also a sufficient load-bearing capacity
of the remaining elements has to be secured for
the time lap of changing the element.
Design: Due to aesthetical reasons the facing
width of the façade profile should be as slim as
possible, in order to allow maximum percentage
of transparency of the façade when required. On
the other hand the aspects for secure loadtransfer are demanding certain minimum contact
area between shell and façade frame for secure
load transmission. Sufficient edge distance
between drill hole and outer edge of the timber
profile also tends to enlarge the profile width and
had to be taken into account.

Four basic solution were been developed. Each one do
shows certain advantages and disadvantages in some of
the above mentioned aspects.
3.1 The simple L-shaped bar
In order to allow the inclusion of a higher shear load in
the bond line, it is obvious that the adhesive surface shall
be increased and thus it gets lower tensions at the same
load level. Therefore, it was considered to use an adapter
frame with L-profile instead of a flat adapting frame
which was one first solution and to implement a circular
bonding.

Figure 4. The 4 different connection technologies revised in the
study. Source: Author’s drawings.

The main problems the load-bearing timber-glass façade
system has to deal with are basically the following:
1. Tolerances: How to deal with the dimensional
tolerances between shell building and prefab
timber-glass façade system, which easily in the
case of the shell construction can lead to
deformations in centimetres whereas the façade
system counts on millimetres of tolerances in
manufacturing?
2. Load-transfer: How to secure an effective and
statically admissible load transference from the
load-bearing timber-glass façade to the main

This special L-profile was used to transfer the
compression forces from the glass pane to the adapter
frame through the blockings. Thus this turns out to be the
simplest solution to connect the façade frames with the
building shell. The wooden coupling frame consists of Lshaped plywood profiles which are bolted to the main
building construction by clamping strips which holds and
fix to frames which its corresponding main construction
post. The tolerances on building site can be easily levelled
out by increasing or decreasing the distance gap in the
connection. The resulting gap has to be closed by a
subsequent inserted sealing profile.
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2.

3.

secure as load transfer will only be achieved
through gripping force trough the clamping
strips, which is limited due to the missing direct
surface contact and the reduced material
properties of the plywood.
The open gap give additional weakness for
required weather tightness of the envelope and
will be a constant chink in case of neglected
maintenance of the façade.
Through creeping of the plywood in the contact
area with the clipping strip deformation can take
place which reduces the fixation of the
construction, thus leads to reduced load transfer
and load-bearing capacity of the timber-glassfaçade.

Figure 5. L-Profile solution. The separation between the single
L-profile allows adaptation to building tolerances. The fugues
has to be closed by silicone or a rubber profile in order to secure
weather sealing. Mock-up, drawing and 3d-study done in
Department of Structural Design and Timber Engineering (ITI),
Vienna University of Technology, 2013

Figure 7. L-Profile solution. In this variant a reinforcement in
the corner points was proposed which reduces the horizontal
replacement of the frames corners in case of high loads. Mockup, drawing and 3d-study done in Department of Structural
Design and Timber Engineering (ITI), Vienna University of
Technology, 2013

3.2 The overlapping split bar
There are certain reasons to propose a profile with a flap
that allows on the one hand to have only one line of union
in the centre line of the post, so both sections can be
screwed at the same time. On the other hand, because of
the labyrinth seal, this construction provides better
security to cap the groove between elements due to the
displaced geometry.

Figure 6. Coupling frame as L-profile with setting blocks
(58mm) in the corner area (50mm distance from inner corner)
Silicone adhesive 6mm wide, 3mm thick. Source: Author’s
drawings.

As simple as this typology of connecting the different
timber-glass-elements might be, a series of weak points in
its design has to be mentioned:
1.

The load transfer between the elements in
vertical as in horizontal direction is difficult to

Also the overall visible frame width can be reduced since
the two parts of the profile can be fixed with the
substructure with a single line of cantered fixing points.
Anyway the minimum distances between the edge of the
profile and angularity edges of the wooden profile must
be respected.
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solution provides an open fugue, which has to be sealed
weather-proved.
This solution is in principle applied in the UNIGLAS |
FACADE©, developed by our investigation partner
Petschenig Glastec GmbH and Otto Chemie.

Figure 9. Couple bar with tooth profile used in UNIGLAS |
FACADE© TGC façade. Source: Author’s image

Figure 8. Overlapping split bar solution. Drawing and 3d-study
done in Department of Structural Design and Timber
Engineering (ITI). Source: Author’s drawings.

Some drawbacks are to be stated:
1. Dealing with building tolerances is very limited
due to the geometrical boundaries of this
typology. In order to secure sufficient load
transfer between the elements, the resulting gap
edge to edge has to be partly infilled (in the area
of the blockings) with a pressure-resistant
material.
2. As a result of the winding geometry of the
profiles there is a certain risk of material fracture
in the grooves of the flanks which possibly can
be reduced by a concave moulding in the covings
of the profiles. Nevertheless there exist a danger
that the profile crack in situation of high stress.
3. Replacement of single elements is difficult
because of the overlapping geometry of the
profile. Replacement of an element also requires
to dismount adjacent vertical and horizontal
element.
3.3 L-shaped couple bar with tooth profile
Another possibility to reduce the width of the frame-bar
is the tooth-profile: the tooth profile allows centring the
screw line and thus reduces the overall necessary width of
two frame elements being connected to the post. Mayor
advantage of this solution is the trouble-free solution to
replace single elements of an existing façade, contrary to
the case of the overlapping split bar solution we saw
before. In relation to sealing quality of the joint, this

Figure 10. Section of UNIGLAS | FACADE© TGC system.
Generally, it consists of an L-shaped profile of birch plywood,
which are peripherally mounted on all four glass edges and
screwed evenly to the support structure. [10]

There are two mayor modifications proposed, basically
related to the invention of blockings in the inner edges of
the frame which increases load transfer capacity of the
composite element:
1.

The profile is L-shaped which allows to establish a
direct contact zone of the timber profile with the glass
edge, necessary to transfer the diagonally directed
pressure forces into the glass pane. The L-shaped
form also helps tighten and seal the fugue between
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2.

glass and plywood. In contrast to the UNIGLAS |
FACADE© coupling frame which is a flat profile
where the glass pane is glued with its edge surface to
the plywood frame, the L-form enhances direct
pressure force transmission in the composite element.
The UNIGLAS | FACADE© doesn´t use blockings to
insert loads to the glass pane. In our proposal these
continuous eight reinforcements in the four corners
of the frame are directly milled in the plywood
profile. In order to secure an equal and sufficient load
transfer from façade to building shell, the part of the
blocking area of the profile is kept straight, thus
avoiding asymmetric design and in consequence an
unequal distribution of plywood material in both
sides of the frame.

Figure 12. The section of the blocking zone and the changing
geometry of the profile in the corner edges of the frame shown
in detail. Highlighted in yellow shows the inlays made out of
hard-wood or high-strength plywood to compensate glass-pane
tolerances. Source: Author’s drawings.

Whereas in previous studies this was done by using a
quick-setting-mortar which fill in the resulting blank
between the edge of the glass pane and the coupling
frame, here specific inlays made out of hard-wood or
high-strength plywood are to be inserted in order to adapt
to the actual size of the glass pane. In order to do so, the
blocking inlays should differ in width at 1mm intervals
equally, hence filling the gap and activate load
transference through the glass pane. To make sure that no
tensile forces can be transferred to the glass pane, no
contact bonding between blocking and glass edge is
provided.
3.4 L-shaped couple bar with tooth profile and
coupling component “disk”
This solution is based on the previous one with the only
modification of providing a further coupling element: a
bending-resisting disk which improves the load-transfer
of moments in the edges of the frame towards the shell
construction.

Figure 11. Proposed variant: The L-shaped profile provides a
direct contact zone of the timber profile with the glass edge,
necessary to transfer the pressure forces through the blockings,
which are directly be milled in the plywood profile. The section
of the blocking area of the profile is kept straight, in order to
reinforce the load transfer capacity in these highly stressed part
of the frame. Source: Author’s drawings.

Due to the tolerances in the float glass production,
resulting from cutting, processing and workmanship,
which for instance in the case of glass formats of 2000mm
and nominal thickness of the glass till 12mm results in
2.5mm deviation from normal conditions [11], it is
required that the blockings are able to compensate that
deviation through adaption of geometry.
Figure 13. Connecting element: CNC-milled plywood disk
which improves the load-transfer of moments in the edges.
Source: Author’s drawings.
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In the disk connector are integrated the blockings which
transfer the pressure load from one façade element to
another. Due to its specific geometry this element
provides a better flexural strength in the junction point
than in the previous solutions.
In addition the massive plywood disk of around 200mm
diameter and 22mm thickness provides much higher
stiffness against horizontal displacement.

Figure 14. The modified solution of an L-shaped tooth profile
and a disk connector. The solution with the disk connector
features less horizontal displacement due to higher flexural
strength in the frame corner. Source: Author’s drawings

Likewise these disk-like fixing devices facilitate the
mounting of the façade elements as it has to be positioned
and assembled first on the shell construction and thus
serves as an alignment for the single façade modules.

criteria. Also the objective of reducing the CO2 emissions
and greenhouse gases means that the buildings will have
to lead with solar design and ecological materials
concepts. The glazed façade with its selective
transparency is the most important component to obtain
energetic gains with solar energy. Wood as a sustainable
and ecological material has a good opportunity to
augment its impact in the world of construction.
Even though it wasn´t the main aim of the recently
finished investigation project to account for product
development, it would be a stimulating task in future to
apply the studied results into a real-scale prototype and to
transform the results in the long run into “real-world”
market products, a new LBTGC-Façade System.
The combination of wood with glass offers a new
opportunity to build highly transparent buildings with
lightweight, ecological, aesthetically attractive and even
load-bearing façade systems.
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TIMBER-GLASS-COMPOSITES – NEW WAYS OF BRACING SYSTEMS IN
STRUCTURAL ENGINEERING
Christoph Hackspiel, Peter Schober
ABSTRACT: The architectural need for more transparent building envelopes not only changed the appearance of the
buildings, but also their structural behaviour. Walls do not only have a vertical load-bearing function any more, they are
also used for the transfer of wind and earthquake induced loads. Structural sealant glazing structures have been used for
a long time and are nowadays state of the art technology. In these applications, however, the glass has not got a load
bearing function. It only serves as a pure building envelope. Research projects carried out at Holzforschung Austria
over more than ten years have shown that timber-glass composites can be used as load-bearing elements in wooden
frame houses. A construction system was developed, which allows for a very cost-efficient use of prefabricated timberglass-composite elements on building site. The principle suitability of several adhesives considering different loadings
was investigated by means of small scale experiments. Thereafter, the load bearing capacity of such elements was
investigated by means of large-scale fracture tests of prototypes providing insight into the load transfer and failure
mechanisms. Long-term aspects such as the durability and the robustness of the composite elements were also
investigated, as well as questions regarding building physics. The conclusions gained from these research activities
were also applied in timber-glass-composite prototypes which have been installed in real buildings. They allowed for a
long-term monitoring of such composite structures. A research project at the Vienna University of Technology,
Department Structural Design and Timber Engineering, which was finished in 2015, has led to a comprehensive design
concept, which allows for an analysis and design of timber-glass-composite constructions. It is based on the
combination of spring models and deals with the incorporation of the shear wall- and the compression diagonal-theory
in the glass. Numerous applications of the timber-glass-composite system developed by Holzforschung Austria in real
buildings, from single-family houses to large facades, have proved the advantages of this system.
KEYWORDS: timber-glass composites, bracing system, adhesives, wood

1 INTRODUCTION 123
Large glass surfaces lead, among other things, to
technical challenges in relation to the structural
behaviour of a building. Wall components are not only
responsible for the transmission of the vertical forces,
such as dead loads, effective loads and snow loads in a
building, they also ensure the stability of the building
against horizontal forces such as wind and earthquake
induced loads. If a wall is partially or even entirely
replaced by a glass facade, vertical loads can be
transferred to the ground by means of beam- and
column-systems. However, a stiffening effect for the
building in order to transfer horizontal forces does no
longer exist. Moreover, if an entire building front
vanishes in that way, an unfavourable eccentricity
between the building’s shear wall centre and the
resultant point of wind attack arises, causing additional
torsional stresses on the remaining wall sections. In case
that glazed building fronts shall take over the stiffening
function of the building, complex and cost expensive
Christoph Hackspiel, c.hackspiel@holzforschung.at
Peter Schober, p.schober@holzforschung.at
Holzforschung Austria, Austria

constructions such as rigid frame structures or more
visible solutions with visual impairments, such as wind
diagonals, are necessary.
However, glued structural glazing is already used for a
long time and is nowadays state of the art technology. In
these systems, however, the glass does not have a
structurally supporting function in the building. It merely
serves as a building envelope. It seems obvious to award
to glass a structurally supporting function in a building,
because it is a high-quality material. Its panel load
bearing capability in the glass facade can be used for the
stiffening of the building. Glass is a brittle material that
has a high compressive strength while its tensile strength
is comparatively low. The glass panels must therefore be
connected with the building in an appropriate manner in
order to prevent stress peaks and also to ensure an
uniform force transmission from the buildings
supporting structure into the glass, and vice versa. In
such a way, the high performance of glass can be
activated. Evidence from earlier research projects
[1][2][3][4] showed that by means of a circulating
adhesion of the glass panel, a smooth force transmission
into the glass can be achieved in order to get the best
performance of the glass substrate with respect to its
load bearing capacity.
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This entire issue has been investigatedd comprehensively
at Holzforschung Austria within several
s
research
projects [5][6] and three dissertations
ns [7][8][9] which
were carried out at the Vienna Universit
sity of Technology.
In order to proceed from the pure vision
ion of stiffening an
entire building solely with glass to its practical
implementation in real buildings, seve
everal fundamental
questions had to be answered in the first
rst place:
•
•
•
•
•
•

as acrylate) were investigated.
ed. All these adhesives were
on a two-component basis. Dif
ifferent types of loading are
acting on the adhesive joint line which runs
circumferential on the four edg
dges of the glass panel.

Which adhesive systems are sui
suitable?
How does an efficient design look
lo like?
What building physics parame
meters have to be
observed?
What is the load bearing perfo
erformance of such
TGC-elements?
Can a calculation model be dev
eveloped?
Can these TGC-elements be safely and
economically implemented into
nto real buildings?

ly to the projects
The following remarks relate mainly
denoted as HGV1 [5] and HGV2 [6]. Therein,
T
a support
system was created at Holzforschung Austria,
Au
in which a
circumferential coupling bar is glued with an adhesive
on all four edges of the glass panel. The
Th bonding itself
can be carried out with a high quality
lity standard at the
factory. The coupling bar is then screwed on the
supporting structure e.g. a post-girt construction (see
in
in
Figure 1). Thus, the entire system is interchangeable
case that the glass is once broken. The
he coupling bar can
be carried out with an indenting in oorder to enable a
narrower visible width between twoo gglass panes (see
Figure 2). For the construction system
stem developed by
Holzforschung Austria the patent #502
02470 was granted
in 2007.

Figure 1: Basic principle of the TGC-el
element for use as
a bracing system in wooden frame-hous
ouses developed by
Holzforschung Austria

Figure 3: Small scale TGC
C-specimen with the main
loading directions of the adhesi
esive joint line
In order to quantify the impac
act of these loadings on the
load bearing capacity of thee adhesive,
a
fracture analysis
studies using small scale specim
cimens were carried out and
compared with the appropriat
iate reference values of the
respective adhesive (Figure 3 and Figure 4). For all
samples the adhesive joint wid
idth was 12 mm. However,
the adhesive joint thickness
esses which were selected
according to the manufact
acturer's instructions were
following:
Silicone A:: 3 mm
Silicone B:: 6 mm
Acrylate: 2 mm.
m
In general, there are three di
different loading directions
acting on the adhesive joint line of the TGC-element.
The first two are shear stres
resses along and across the
adhesive joint line from loadin
dings of the TGC-element in
its disk plane (caused by the
he building stiffening, dead
loads and imperfections). The
he third type of loading is
tensile stress due to forces perpendicular
p
to the panel
plane (suction or pressure duee to
t wind loading).

ling bar
Figure 2: Detail of the indented couplin

2 PERFORMANCE OF THE
E ADHESIVE
JOINT LINE
2.1 METHODOLOGY
In the research projects three different
ent adhesives were
tested for their general suitability for the use in TGCelements. Two neutral condensing cross
oss-linking silicone
based adhesives (denoted as siliconee A and silicone B)
and an acrylate which cures by polyme
merization (denoted

Figure 4: Three main loading
ing directions for testing of
the adhesive joint line
Considering the loading peri
eriod that occurs, one can
distinguish three exposure periods
pe
namely short-time
loads, cyclical loads (e.g. w
wind gusts) and long-term
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loads (resulting e.g. from building inclination and the
dead loads).
For the mechanical load of the adhesive under cyclic
force, a load change cycle was applied in the
aforementioned three main loading directions of the
adhesive joint line (tension, shear lengthwise and shear
crosswise). The cycle corresponded to the procedure
according to ETAG 002 [10]. Therein, a total number of
5350 load cycles were applied on each specimen over a
time period of about nine hours. The load cycles were
related to a so-called reference load level. This was
firstly defined as Ru,5/6 according to ETAG 002. For a
second series of experiments a higher reference load
level of Ru,5/3 was applied. In each case the parameter
Ru,5 represents the 5% quantile of the stress at rupture
level in the aforementioned respective loading
directions. The results of a subsequent fracture analysis
provided insight into the robustness of the adhesive over
recurring loading.
Permanent stresses in the adhesive joint line are causing
creep mechanisms in the material. For the stress test of
the adhesive under permanent load, different constant
shear stress levels were applied to the adhesive joint line
at two different ambient temperatures (20°C and 55°C).
Thereby, the deformation was measured over a period of
91 days. The aim of these creep tests was to find a linear
relationship between the creep deformation and the
adjacent constant shear stress levels (primary creep and
secondary creep). Furthermore, the identification of such
a shear stress level which causes tertiary creep and
which finally initiates rupture in the adhesive joint line
was also of interest during those creep tests.
Moreover, the strength of the adhesives used in facades
is also affected by environmental factors such as
moisture and temperature induced loads (cold and heat)
as well as stresses due to cleaning agents and UV
exposure. The effects of the three latter have yet been
studied in another research project conducted at
Holzforschung Austria [11]. Those issues were therefore
not in the focus of the TGC research projects. The
effects of moisture induced stresses were carried out by a
water immersion test according to ETAG 002 were the
load was applied in this case in the tensional direction.
2.2 RESULTS OF THE ADHESIVE TESTS
For each adhesive system (silicone A, silicone B and
acrylate) numerous fracture tests were carried out using
small scale specimens. The different factors were varied
as described in the chapter methodology leading to a
total number of 270 fracture tests, 90 cyclic loading tests
as well as 207 permanent load tests. For each test series
five identical specimens were examined and statistically
evaluated. For each specimen the maximum fracture
stress, the corresponding elongation as well as the
deformation modulus were recorded.
2.3 SILICONE A
Adhesive silicone A (adhesive joint thickness 3 mm)
showed no significant changes in the fracture and
deformation behaviour under cyclic loading. However, a
slightly stiffer material behaviour was observed which is

due to the recurring and the equally aligned load
direction, which causes a realignment of the adhesive
molecular structure. In the permanent loading tests, a
linear relationship between the stresses and the timedepending creep deformation (primary and secondary
creep) was observed up to a stress level of 0.04 N/mm².
Above this stress level, uncontrollable deformations and
in one case even a specimen failure during the test
occurred (tertiary creep). The creep deformation varied,
depending on the ambient temperature, between 82%
and 112% of the initial deformation. Fracture tests after
water immersion showed a reduction of the strength in
the order of 22%. After re-drying of these samples the
strength reduction vanishes again. The fracture pattern
showed consistently a cohesive adhesive failure.
2.4 SILICONE B
Adhesive silicone B (adhesive joint thickness 6 mm)
showed a quite similar behaviour as adhesive A. Again,
a linear relationship between the stresses and the timedependent creep deformation up to a stress level of
0.04 N/mm² could be obtained in the permanent load
tests (primary and secondary creep). Above that stress
level uncontrollable deformations again occured (tertiary
creep). Depending on the ambient temperature the creep
deformation varied between 82% and 156% of the initial
deformation. Under warm ambient temperature
silicone B showed somewhat stronger creep behaviour as
silicone A. After water immersion the adhesive also
showed a cohesive adhesive failure.
2.5 ACRYLAT
The acrylate (adhesive joint thickness 2 mm) showed
slightly stronger changes in the fracture and deformation
behaviour under cyclic loading than the two investigated
silicones. An increasingly stiffer behaviour is noticeable
whereas the strengths remained unchanged. The fracture
tests which were performed after the permanent loading
tests showed, that this stiffening effect of the adhesive is
even more pronounced with increasing ambient
temperatures. Again, due to the time-dependent creep
deformation during the permanent load analysis, a linear
relationship between the stresses and the creep
deformation could be observed up to a stress level of
0.04 N/mm² (primary and secondary creep). At 20°C
ambient temperature and a constant load level which was
17% of the short-term strength, failure of all specimens
was observed after a few days of observation period. At
a temperature of 55°C, failure already occurred in all
specimens at a constant stress level of 8% of the shortterm initial strength. However, depending on the ambient
temperature the adhesive showed a very pronounced
creep behaviour which was in the magnitude of 285% to
400% of the initial deformation.
2.6 PRELIMINARY CONCLUSIONS OF THE
ADHESIVE TESTS
The investigations considering the performance of the
adhesive clearly showed that the initially higher
strengths and stiffnesses of the acrylate are reducing
under moisture and temperature exposure, as well as due
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to creep of the adhesive under permanen
nent loading. These
observations were reproduced in large-sscale experiments
on the facade prototypes under climatic
tic stresses. Due to
their robustness the two silicone adh
dhesives A and B
showed a much more consistent beha
ehaviour, which is
therefore more easily predictable too. In addition, due to
its use in structural glazing facades forr ddecades, the long
term behaviour of silicone adhesivess iis widely known.
Thus, based on the research outcome
mes, only silicone
adhesives are allowed for use in TGC-elements
T
by
Holzforschung Austria.

3 LOAD BEARING CAPACIT
CITY OF
TGC-ELEMENTS
3.1 METHODOLOGY
ystem in buildings
Using TGC-elements as a bracing sys
requires in depth investigation of their
the load bearing
capacity and their deformation behavi
aviour. In order to
give a mathematical prognosis of the maximum
ma
bearable
load, the failure modes of these compos
posite elements had
to be examined and characterized. The
he determination in
which part of the joining partnerss ((wood, glass or
adhesive) the fracture actually would occur
oc
is essential in
order to establish a breach hypothesis.
is. Therefore, large
scale experiments based on ÖNORM EN 594 [12] with a
total number of 18 wall-like TGC
GC-elements were
performed. These elements which had
d a width of 1.25 m
and a height of 2.50 m were equippedd with 8 mm thick
float glass (see Figure 5).

the TGC-element (uglob) and the local deformations in the
screws and at adhesive level (uloc) were recorded during
the tests. In order to clarify the influence of the length to
height ratio of TGC-elements
nts, the adhesive type, the
adhesive geometry or the seri
erial connection of elements
on the load bearing and defo
eformation behaviour of the
component, corresponding var
ariations were also tested at
Holzforschung Austria. The evaluation
ev
was performed in
terms of the maximum reache
hed load level and the load
corresponding to a head displacement
dis
uglob of h/500
which complies with the serviceability
se
requirement.
Breakage of the glass panel
el could eventually cause a
sudden collapse of the TGC-eelement. The residual load
bearing capacity in case of glass
gl
breakage, e.g. due to
vandalism, has been dealt with
ithin other research projects.
It was therefore not part off th
the work within the TGCprojects.
3.2 PRELIMINARY RESUL
ULTS OF THE LARGESCALE TESTS
3.2.1 SILICONE A
The maximum load level und
nder horizontal loading for
the TGC-elements with the silicone
si
adhesive A as well
as the load levels correspond
nding to a horizontal edge
displacement uglob of 5 mm (2500/500) are shown in
Figure 6. In all five similar studies cohesive adhesive
failure occured at all times.. However,
H
breakage of the
glass was never provoked in th
these studies. For all similar
studies using silicone adhe
hesives the results were
reproducible in terms of elem
ement stiffness and fracture
load.

vice load levels of the large
Figure 6: Ultimate and servic
scale experiments using silicon
one A
3.2.2 ACRYLAT

Figure 5: Test setup for the large scale
le eexperiments
The investigations regarding the stiffnes
ness and the failure
behaviour of these elements were carried
c
out with
silicone A and the acrylate adhesiv
sive. The applied
horizontal force F as well as the globa
bal deformation of

The maximum failure loads of the TGC-elements using
acrylate adhesives are shownn iin Figure 7. In four of the
six large-scale tests glass break
eakage occurred and one test
showed ductile screw failure. In another case the tensile
anchorage of the TGC-spec
ecimen failed at the test
facility. Thus, the service lload level could not be
determined for specimen P09,
09, P10 and P15. However,
when using acrylate adhesive
ives in the component, the
different aforementioned failu
ilure types result in a rather
complex failure mechanism with
w large variations in the
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test results. Nevertheless, the mechanica
ical performance of
these elements is on average 289% higher than for
similar TGC-elements using silicone adhesives.
adh

Figure 9: Comparison of thee mathematical
m
models with
the large scale experiments
4.2 PRELIMINARY RESUL
ULTS
Figure 7: Ultimate and service load le
levels of the large
scale experiments using acrylate

4 DESIGN MODEL FOR TGC
GC-ELEMTS
4.1 METHODOLOGY
he ductility and the
For the mathematical prediction of the
load bearing capacity of TGC-elemen
ents, a calculation
model which allows, with sufficien
ient certainty, an
assessment of those composite elem
ments considering
different dimensions had to be ddeveloped. This
calculation model was validated using experimental
e
data
from large-scale tests and calibrated whe
here necessary. As
part of the research project HGV2 at
a Holzforschung
Austria, a specially developed nume
merical calculation
method using the Finite Element Meth
ethod as well as an
existing analytic model (spring mode
del) developed by
Kreuzinger and Niedermaier [13] were
we applied (see
Figure 8 and Figure 9).

Figure 8: Boundary conditions of thee two
t
mathematical
models for the prediction of the structu
ctural behaviour of
TGC-elements

From the material characte
cteristics of the adhesive,
gathered by the investigatio
tions on the small scale
specimen on one hand, and
nd the load and deflection
measurements of the shear wall
wa tests on the other hand,
two calculation models wer
ere applied, which could
reproduce the real test values
es using silicone adhesive
with sufficient accuracy. Thee first
f
model is based on the
Finite Element Method and was
w developed specifically
for the research project. The second
se
calculation model is
based on an analytical method
od using a spring model. A
comparison of the results gain
ained by the two calculation
methods (see Figure 9) show
owed good agreement with
experimental results regarding
ing the displacement of the
head rib (uglob) and the shear
ar stresses occurring in the
adhesive. The deformation pre
predicted by the two models
always showed a softer stiffne
fness behaviour of the TGCwall element as found in the te
test, putting it up to 23% on
the safe side. However, the model prediction of the
ultimate loads is partly up to 12% on the unsafe side.
These differences were take
aken into account in the
developed design proposal in the course of the partial
safety factors.
n between
b
model predictions
Nevertheless, the comparison
that both numerical
and experimental results shows
sho
models allow a reproduction
on of the test results with
sufficient accuracy regarding stresses and deformations
in the TGC-system. This pro
provided, together with the
definition of appropriate par
artial safety factors which
were defined and proposed in the frame of the research
project, the basis for the des
design and thus, the serialproduction of TGC-elements
ts with silicone adhesive in
timber house construction. Comparative calculations
show that with such elements
nts using silicone adhesives,
the bracing of up to two fulll storey
st
buildings is possible.
Under unfavourable building
ing floor plans, however,
secondary support systems such
suc as load-bearing interior
walls with panelling made of wood-based products are
necessary. However, in woode
den frame-houses such walls
are in most cases available. Due
Du to their similar stiffness
behaviour they are a good supplement
s
for the TGCelements. Based on these resea
search activities, a universal
design model for such elem
lements was developed by
Vienna University of Technol
nology in the framework of
the research project HGV3 [9].
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5 APPLICATION IN REAL
LB
BUILDINGS
As part of the research project HGV22 bby Holzforschung
Austria a handbook was developed for
or the participating
business project partners and license
sees of the HFA
patent. In compliance with clearly defined
d
boundary
conditions for the building, as well ass for
fo the supporting
system, the handbook allows for thee design of TGCelements used in building constructions.
ns. Moreover, exact
requirements for the used material
ials, the element
production and the assembly on the buil
uilding site are also
defined therein. A design propos
posal allows for
dimensioning of TGC-elements using a safety concept
with partial safety factors. Thus, these
se elements can be
designed to serve as supporting element
ents in the building
in terms of a bracing system. Detail solu
olutions in order to
meet the building code constraints and the structurally
correct integration of the system into the building facade,
as well as a checklist for the design of TGC-elements
T
are
also provided to the planners and
nd the executing
companies. As part of the research proje
roject two buildings
could be built using the TGC-fac
acade system in
cooperation with business partners involved in the
project. A research building of Holzfo
zforschung Austria
(see Figure 10) in a bungalow design with
wi a north- and a
south-orientated glass facade provided
ed insight into the
manufacture of the facade system aand its practical
assembly on the building site.

developed by Holzforschung
ng Austria was granted in
Germany in March 2016.

6 SUMMARY
The aim of the research activities
ac
at Holzforschung
Austria was to develop a practi
ctically applicable, statically
predictable, economically producible
pr
and mountable
wall-like composite elementt m
made of wood and glass.
The two materials shall be mounted
mo
together in a static
sense by using appropriated
d adhesives.
a
Prerequisite for
achieving these goals was the
th creation of a scientific
basis regarding the adhes
esive’s performance, the
optimization of the TGC-syst
ystem in terms of building
physics and load bearing issu
sues and finally to evaluate
the static performance by an appropriate
ap
design model.

Figure 11: Single family house
use with TGC-elements

Figure 10: Research building by Holzfo
zforschung Austria
Moreover, it offered insight into the durability
dur
and longterm behaviour of such composite elem
lements. A second
building where the TGC-elements
ts developed by
Holzforschung Austria were used was a two story single
family house (see Figure 11) close to Vienna.
V
Again, the
realistic element production and its assembly
as
could be
demonstrated. The thereby accompan
panying conducted
monitoring system of the facade helped
ped gaining further
basics for an improved serial production
ion.
Inspired by the basic outcomes of the
he research project
several more prototypes and series-bu
buildings (see e.g.
Figure 12) were carried out by the pro
roject partners. An
approved building certification (abZ
Z – allgemeine
bauaufsichtliche Zulassung) for the TGC
GC-element system

Figure 12: Example of a build
ilding having a facade using
TGC-elements by Holzforschu
hung Austria
For this purpose, suitable adh
dhesives used for the static
compound of wood and glass
g
were investigated.
Thereafter, construction types
es of TGC-wall panels were
developed analytically. In the
th scope of the research
projects, TGC-element protot
totypes and facade systems
were developed, tested and analyzed
a
as well as their
behaviour investigated underr real
r
climatic conditions in
a research- and a single-fami
mily house. The knowledge
gained from these investigatio
tions was implemented in a
design model for TGC-elemen
ents, which was developed
in the scope of the research project.
pro
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Depending on the field of application of TGC-elements,
the adhesive must be a compromise between durability,
reliability, secure processing, stiffness, and strength with
appropriate weighting of the respective property. The
investigations have shown that semi-elastic adhesives
provide a sufficient mechanical strength for short-term
loading used in building constructions. An influence of
the adhesive joint geometry on the strength and stiffness
of semi-flexible adhesives was found, which is also very
depending on the adhesive itself. Moreover, the
investigations of the adhesives have shown that the
initially high strength and stiffness values of the
acrylate-based adhesives are dropping under humidity
and temperature exposure, as well as by creep due to
permanent loading. The two examined silicone adhesives
A and B show a much more consistent behaviour under
humidity and temperature influence. It was also found
that, from a structural point of view, the deformation of
the TGC-element is mainly determined by the stiffness
of the screwing and the gluing. For the prototype
geometries, which were investigated in the scope of the
research project, neither a loss of stability nor a
pronounced buckling of the glass pane were observed in
the elastic and the semi-elastic bonded TGC-elements. In
all investigated large-scale tests, the loads in the
usability level were approximately 80% to 90% lower
than the level of short-term loading. The ultimate load
levels, which were reached under short-term loading,
however, are sufficient for both the elastic and the semielastic bonded elements. Due to the higher stiffness and
strength values of acrylate-based adhesives, TGCelements used as bracing systems in wooden framehouses show a significantly more complex failure and
deformation behaviour. The rigidity of the adhesive is
almost in the order of the rigidity of the screw
connections. Thereby, the deformation of the entire
TGC-system cannot be described solely by the
deformation of the adhesive. Thus, the design model,
which was developed within this research projects, is
limited to the design of TGC-systems bonded with
silicone-based adhesives.

7 CONCLUSIONS AND OUTLOOK
The research results gained by the Holzforschung
Austria’s projects showed very clearly the performance
of today’s adhesive systems. The obtained scientific
knowledge by the research activities has enabled to
provide industry a tool for mass production of structural
wood-glass facades. Through the outcomes of this work
it could be possible to adapt today’s very conservative
partial safety factors for adhesives, which can be found
in guidelines. Thus, from a static point of view, a more
efficient use of today’s high-performance adhesives
could be possible.
In the future, the design concept could be expanded by
the consideration of further failure mechanisms such as
the failure of the screws, the adapter frame or the glass.
The consideration of other TGC-geometries (coupled
elements, slender elements) and components (beams and
columns) could also be in the focus of future research
activities. Taking into account the compression diagonal-

theory in the glass for describing the load bearing
behaviour, which significantly increases the stiffness of
the entire TGC-system, was already successfully
implemented in the research project done at the Vienna
University of Technology [9].
Apart from that, the studies on the long-term behaviour
of TGC-beams and TGC-plates should also be deepened
and the reliability of such structures in practical
applications should also be proved. In this context, the
use of more efficient and more robust adhesives should
be examined in order to increase the static performance
of such system.
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TIMBER-GLASS COMPOSITE BEAMS: EXPERIMENTAL STUDY
Alireza Fadai1, Matthias Rinnhofer 2, Wolfgang Winter3
ABSTRACT: Glued glass fronts are extensively applied and meet the highest standards. The objective of several research
projects was the development of stiffening glass fronts to replace expansive frameworks or wind bracings. Furthermore,
the use of timber-glass composite (TGC) beams was investigated. Within the research project "Load Bearing TimberGlass Composite Structures” (LBTGC) within the framework WoodWisdom-Net the short-term behavior of TGC-beams
was investigated. Therefore, the Department of Structural Design and Timber Engineering (ITI) developed a beam-setup
to test the load-bearing capacity of such elements under a four point bending test. Two different adhesives, silicone and
epoxy, were used to connect timber and glass. The two adhesives vary in their strength and their stiffness. This has an
immense influence on the behavior of the beams. This paper illustrates the results of various applications.

KEYWORDS: Timber, glass, composite, adhesives, silicone, epoxy, beam

1 INTRODUCTION 123
Based on the research projects of the Department of
Structural Design and Timber Engineering (ITI) at the
Vienna University of Technology (VUT) in the research
project "Load bearing timber-glass composites
(LBTGC)" [1] solutions to improve the horizontal load
transfer have been developed and the calculation and
dimensioning basics were elaborated. In this research
project, timber-glass composite (TGC) beams with
simultaneous bonding and blocking were optimized for
usage in roof and ceiling. In addition, these components
can take stiffening functions in the building, including the
area of the façade openings or as a cantilevered pane.
The potential of timber and glass can be optimally
exploited, if the glass is directly used for the derivation of
the compressive forces. An initiation of tensile forces in
the glass cannot be prevent at beams, but at least stress
peaks can be prevented by trying to initiate this forces
continuously via the bond line.
The first detailed research of TGC-beams was made by
Hamm [2], who investigated the characteristics of
combining timber and glass based on an I-shaped beam.
This investigation was deepened by Kreher in 2004 [3].
Research on I-shaped beams was also performed by Cruz
and Pequeno [4], Blyberg and Serrano [5] and later on by
Zlatinek et al. [6] as well as by Kozlowski [7]. The
Austrian approach published in [8] was different, the glass
web was split into six parts and glass panes were glued on
1

Alireza Fadai, Vienna University of Technology, Austria,
fadai@iti.tuwien.ac.at
2 Matthias Rinnhofer, Vienna University of Technology,
Austria, m.rinnhofer@iti.tuwien.ac.at

both sides of the timber framework. This system was not
only a bending beam with shear panels, the load bearing
mechanism of a truss-system was added. This method was
also used for the beams presented in this paper, but it was
adapted for the origin idea of an I-beam.
The developed systems have superposed bearing
mechanisms (shear area and truss) and were at first
investigated theoretically. The exact definition of these
bearing mechanisms is treated sufficiently in [9] and [10].
Based on the results in [3] pursuant to other research
results in the context of [8] the separation and behavior of
the two bearing mechanisms were investigated in the
special case of a TGC beam. A further development of
this series of experiments is represented by the following
studies.
Five specimens in the form of TGC beams, each of
820 cm length, were prepared. Furthermore, two different
adhesives, silicone and silane-modified epoxy were used
and the load bearing behavior of these two configurations
was compared.

2 SPECIMEN ASSEMBLY
The TGC beam is in total 820 cm long, 76 cm high and
12 cm wide. The main components of bottom flange, top
flange and the side posts are made of beech laminated
veneer lumber (LVL) BauBuche GL70 [11], which
together form a frame and enclose the glass segments
completely. These glass segments are divided into three
3 Wolfgang Winter, Vienna University of Technology, Austria,
winter@iti.tuwien.ac.at
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parts, the middle part having the dimensions of
61.2 / 397.5 cm (1 : 6.5) compared to the two outer parts
having the dimensions of 61.2 / 201.2 cm (1 : 3.3). The
glass panes consist of 2 x 6 mm laminated float glass with
a 0.76 mm thick intermediate layer of polyvinyl butyral
(PVB), together it results to a total thickness of about 1.3
cm. Between the glass panes there are vertical polyamide
blocks to transfer compressive forces and a nonprestressed tension element (threaded rod out of steel with
a diameter of 0.8 cm), which connects bottom and top
flange. The exact dimensions are shown in Figure 1 and
Figure 2. In addition, the beam is reinforced at all four
corners with joist hangers made of steel. They are
necessary in order to guarantee a connection between
bottom flange, top flange and side posts during
manufacturing and storage as well as during the tests.
200

76

10 56 10

39.2 joist hanger

400
bonding

polyamide block
threaded rod
polyamide block

laminated float glass
13 mm (2x6 mm +
0.76 mm PVB layer)
joist hanger

A

200
B

top flange 12/10 L=800
laminated float glass
13 mm (2x6 mm +
0.76 mm PVB layer)

bonding

polyamide block
threaded rod
polyamide block

laminated float glass
13 mm (2x6 mm +
0.76 mm PVB layer)

bottom flange 12/10 L=800

bonding

bonding

A

Side A

10
joist hanger

post 12/10 L=76

820
10

joist hanger

B

Side B
dimensions in [cm]

Figure 1: TGC beam dimensions [12]
nut M8
support plate

12

0.8
7
3

bonding

12.3

bonding

soft

semi-rigid

Adhesive

OTTOCOLL
S 660

Nolax
C44.8505

Manufacturer

Hermann Otto
GmbH

Nolax
AG

2K-Silicone

2K-Silane/ Epoxy

1.3 [13]

1.1 [14]

3/-

18 / 60

Type
Density
[g/cm³]
E-Modulus1
[N/mm²]
1

left value accd. to [15], right value accd. to [14]

The combination of continuous bonding and blocking
allows an increase of loads of TGC beams. By blocking
the structural behavior of a truss can be emulated. This
truss consists of tension elements, such as the wooden
bottom flange and threaded rod, compression diagonals,
such as the glass pane and compression elements such as
the wooden top flange. The occurring shear forces are
dissipated through the bond line. Figure 3 shows the
distribution of forces. The red and green arrows
symbolize the load bearing system of the truss, whereas
the small blue arrows show the shear forces in the bond
line.
shear field system
midfield

truss system
outer field

polyamide block

1.8

compressive stress

tensile stress

shear stress

3

bottom flange

Figure 3: Distribution of forces
0.8
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2.7 0.3
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7

top flange

0.4

washer M8

12

Table 1: Material properties of adhesives

washer M8
nut M8

Figure 2: Cross section A-A (left), cross section B-B (right)

Timber and glass are bonded with the adhesive silicone
OTTOCOLL® S 660 [13] or the silane-modified epoxy
Nolax C44.8505 [14]. The glass elements are fixed in a
2.7 cm deep U-shaped fugue (Figure 2, left) in the
wooden parts. The silicone adhesive belongs to the group
of soft adhesives (E-Modulus < 10 N/mm²), the silanemodified epoxy falls into the category of semi-rigid
adhesives [1]. Important for the quality of the bond line
is, that the surfaces of wooden parts are not pretreated or
painted, but they must be thoroughly cleaned before
bonding. The thickness of the bond line is constantly
0.3 cm. In Table 1 the material properties of silicone and
silane-modified epoxy are listed.

At beams with semi-rigid bonding it is possible to omit
most of the blockings, because due to the high rigidity of
the adhesive the initiation of the compression forces in the
glass pane can be realized through the bonding itself. Only
in areas where no bonding is possible, polyamide blocks
are necessary. So on beams with semi-rigid bonding only
vertical polyamide blocks between the glass panes were
installed. Whereas on beams with soft bonding, additional
small polyamide plates with a thickness of 0.3 cm and a
width of 2 cm are placed horizontally in the area around
the threaded rods and horizontally and vertically in the
corner areas of the beam. In Figure 4 on the left side the
positions of the semi-rigid bonding (dashed blue line) and
the positions of blocking (red line) are shown, while on
the right side the positions of soft bonding (dashed green
line) and the positions of the additional blockings (pink
line) can be seen.
Beam with semi-rigid bonding

blocking
silane-modified epoxy bonding

Beam with soft bonding

blocking
silicone bonding

Figure 4: Positions of bonding and blocking, Beam with semirigid bonding (left), Beam with soft bonding (right)
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The technical characteristics of the polyamide elements
are shown in Table 2.
Table 2: Material properties of polyamide blocks accd. to [16]

Density [g/cm³]
Max. compressive stress [N/mm²]
Tensile-E-Modulus [N/mm²]
Ball indentation hardness [N/mm²]

1.14
12
1800 / 3200
2

70-160

2

measured in moist condition, after storage in standard
climate

In summary, a TGC beam has following components:
- Main dimensions: 820/76/12 cm
- Top & bottom flange, side parts: BauBuche GL70
[11]
- Glass segments: Laminated float glass 2 x 6 mm +
0.76 mm PVB layer
- Adhesive: Silicone OTTOCOLL® S 660 [13] or
silane-modified epoxy Nolax C44.8505 [14]
- Blocking parts: Polyamide PA6 [16]
- Threaded Rods: Steel, strength class 8.8
- Joist hangers: Steel, grade S235JR
The detailed buildup of the blocking in between to glass
panes of a beam with soft bonding can be seen in Figure 5.
For a beam with semi-rigid bonding the horizontal block
is replaced by the adhesive. For a better illustration the
blocks are shown in red at Figure 6, but be aware that the
polyamide blocks are white in reality, see Chapter 4. The
cross-sections (A-A and B-B) of Figure 2 are also plotted
to accomplish a better visibility.

the outer glass segments, 162.5 cm away from the
support. This corresponds to a distance of about one-fifth
of the span from the supports to the load application. A
lateral support of the beam against tipping is not attached.
During the load cycle the movement of the cylinder and
the introduced force per cylinder were measured. To
obtain additional information on the vertical deflection
and horizontal movement in the longitudinal direction, a
plurality of digital draw wire displacement sensors were
installed. The vertical deformation was measured in both
variants at the point under the load application (A, B) and
at midspan (M) of the bottom flange. Simultaneously, the
horizontal deformation was recorded at both ends of the
top flange. However the horizontal deformation in the
longitudinal direction are not discussed in this paper,
since these are marginal small compared to the vertical
deflection. Figure 6 illustrates the positions of the vertical
and horizontal measurements.
795
12.5

162.5

12.5

variant 2

265

support
Side A

A

470
variant 1

265

A

M

measurement of vertical deflection

162.5

12.5

265

B

B

12.5

support
Side B

A measurement point under load application on side A

measurement of horizontal movement

B measurement point under load application on side B
M measurement point at midspan

dimensions in [cm]

Figure 6: Experimental setup [12]

The TGC beams were cyclically loaded of two point loads
and subjected to a modified load cycle according to [18]
until the collapse of the bearing system. In Figure 7 the
experimental sequence is illustrated. The continuous line
shows the force-controlled movement of the cylinder,
whereas the dashed line pictures the distance-controlled
movement. In Table 3 the associated load levels are listed.
in
For technical reasons, the level at 0 % of ⁄
,
Figure 7 corresponds to a load of 2.0 kN per cylinder. In
contrast to the specification in [18], it is assumed that the
lower load level is simplified with 10 % and the upper
load level with 40 % of the theoretically expected
, which was determined from the
maximum load
,
adapted gamma-calculation according to [8] and
EUROCODE 5 [19].
110
100
90

3 TEST PROCEDURE
The experiments were realized in two different variants.
Both variants are a four-point bending test according to
[17] with a span of 795 cm. The difference is the distance
between the load application points, see Figure 6. In
variant 1 (red), the load application points are at a distance
of one third of the span away from the support. In contrast,
in variant 2 (blue) the loads are introduced in the area of

80

F / Fmax,est [%]

Figure 5: Detailed view of blocking between the glass panes

70
force-controlled

60
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180s

180s
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180s 180s
180s
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Figure 7: Modified load cycle accd. to [18]
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Beam with
semi-rigid
bonding

Beam with
soft
bonding

70.0 kN

35.0 kN

2.0 kN

2.0 kN

,

7.0 kN

3.5 kN

,

28.0 kN

14.0 kN

Specimen
,

0 % of
10 % of
40 % of

per cylinder
,

movement at E2, only measurement data until reaching
80 % of the theoretical maximum load (56 kN) exist.
120

80

The following chapter gives an overview of the behavior
of all tested TGC beams. From the force-deflections
diagrams (Figure 8, Figure 14) stiffness and maximum
, can be read. The deflection - time diagrams
load
,
(Figure 13, Figure 19) give information about the total
deformation of the cylinder and the measuring point under
the load application on side A, their creep deformation at
the load levels and their residual defection during stress.
In this paper all values in [kN] are understood per
cylinder. The photographs of the glass crack patterns
(Figure 9 - Figure 12; Figure 15 - Figure 18) indicate the
reasons of total failure of the TGC beams. Finally the
provided values of the examined TGC beams were
compared.
For safety reasons, the digital draw wire displacement
sensors were uninstalled prematurely, afterwards an
approximation of deflection of the bottom flange in
point M (Figure 6) based on the cylinder deformation was
calculated and added to the diagram. Additionally the
theoretically calculated deflection according to the
gamma-process of the research report [8] and
EUROCODE 5 [19] is compared with the deflection
curves of each beam. Any partial safety factors have been
neglected.
The climatic conditions during the experiments with a
temperature between 22.6 °C and 23.7 °C and a relative
humidity between 22.6 % and 34.4 % were reasonably
stable. Even in the time between manufacturing and
experimental procedure no relevant climate changes in the
test hall were detected.
4.1 BEAMS WITH SILANE-MODIFIED EPOXY
BONDING
In the force-deflection diagram in Figure 8 two beams
with semi-rigid bonding, E1 (orange line) and E2 (light
blue line), are compared. It also shows the relation
between force and deflection of the bottom flange in point
M (Figure 6) at the midspan. The force is given in kN per
load application point. The continuous lines show the
function of the original existing measurement data,
whereas the dashed line is the approximation of
deflection. Due to a measurement error of the cylinder

E1

E2

60

E1 approximated
E2

40

theoretical

20
0

4 EXAMINATION OF TGC-BEAMS IN
A FOUR-POINT BENDING TEST

E1

100

Force [kN]

Table 3: Load levels of the modified load cycle

0

20

40
60
80
Deflection [mm]

100

120

Figure 8: Force-deflection diagram of beams with semi-rigid
bonding [12]

The two beams with a bond line made of silane-modified
epoxy were tested in two different test set-ups, see
Figure 6. Figure 8, as it was expected by the experimental
set-up, shows that E2 has a stiffer behavior than E1.
However, the maximum load per cylinder with 86.6 kN
(E2) is lower compared to 101.1 kN (E1), see Table 4.
Both beams failed by buckling of the glass pane, wherein
at E1 at first tension cracks in midfield occur before the
middle pane buckled. After the first tension cracks an
increase of load was still possible, until the buckling
failure occurred without previous indications.
A summary of the basic information and a comparison of
the results of beams with semi-rigid bonding are shown in
Table 4.
Table 4: Results and evaluation of specimens with semi-rigid
bonding

Specimen

E1

E2

Adhesive

E

E

Experimental setup

V1

V2

max. load
per
cylinder [kN]

101.1

86.6

Deflection
(M) under

5.97

no data

54.5

no data

41.2

55.6

in midspan
[cm]

Load per cylinder at
= /300 = 2.65

[kN]

Load per cylinder at
= /400 = 1.99

[kN]

Legend:
E…

2K-Silane/ Epoxy, see Table 1

V 1…

Variant 1, see Figure 6

V 2…

Variant 2, see Figure 6

The glass crack patterns in Figure 9 - Figure 12 show the
typical crack pattern due to buckling of semi-rigid beams.
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M
E1

Figure 9: Glass crack pattern of beam E1 (middle glass pane)

B
A
M
E1

Figure 10: Glass crack pattern of beam E1

In contrast, beam E2 was tested according to variant 2, so
the load application points were placed on the outer field
of the beam. This led to a few tension cracks emerged in
the midfield, whereas the final failure occurred by the
asymmetrical sudden buckling of an outer glass pane, see
Figure 11 and Figure 12.

influence was clear. By the failure pattern it is clear that
in the outer field high compression stresses could be
transferred. At E1 the load bearing capacity was only
limited by the capacity of the middle pane, so the potential
of the outer pane has been detected.
According to the deflection-time function in Figure 13 the
movement of the cylinder and the deflection of the bottom
flange under the load application point on side A were
considered. Especially the first load level at 28.0 kN was
examined carefully. Thereby, the deformation points at
the beginning (15.0 min), in the middle (16.5 min) and at
the end (18.0 min) of this load level were compared, so it
can be said that an increase of a total deformation under
uniform loading from an average of 0.4 mm is evident.
Furthermore it can be seen that the gradient of the curve
of the cylinder and the curve of the deflection under the
load application point deform equally, but the deflection
is different depending on the load level. By comparing the
mean value of deflection of the levels at 2 kN starting at
4.75 and 22.75 min of the load cycle, it is conspicuous that
(28.0 kN) the residual
after a load of 40 % of
,
deflection with 1.0 mm is larger compared to residual
(2.0 kN) after a load
deflection of levels at 0 % of
,
of only 10 % of
(7.0
kN)
with
0.1 mm. Thus at
,
beams with semi-rigid bonding it can be said, that a
fourfold increase of load causes the tenfold residual
deflection of the beam.
20

Beam E1

18
16
Deflection [mm]

Beam E1 was tested according to variant 1, so the load
application points were placed on the midfield of the beam
and finally led to buckling of the inner glass pane, whereas
the outer glass panes just show a few tension cracks, see
Figure 9 and Figure 10.
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8
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flange under load
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4

7.0
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2
0
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12
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Figure 13: Deflection-time diagram of beam E1

E2

Figure 11: Glass crack pattern of beam E2 (middle glass pane)

B

E2

Figure 12: Glass crack pattern of beam E2 (outer glass pane)

By changing the distance of the load application points the
effect of the compression diagonal between blockings in
the outfield was investigated and a transfer from the
highest stress in the middle to the outer pane was
achieved. In the first experiment no effects of the load on
the outer glass panes were recognized, but in variant 2 the

4.2 BEAMS WITH SILCONE BONDING
In total three beams with soft bonding and polyamide
blockings in the corners of the glass panes were tested
according to variant 1, see Figure 6. The load was
introduced in two points in the middle pane at one third of
the span. The diagram in Figure 14 shows the relation
between force per cylinder and the deflection of the
bottom flange in point M (Figure 6) at the midspan. The
continuous lines show the function of the original existing
measurement data, whereas the dashed lines are the
approximation of deflection based on the cylinder
movement.
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were tested according to variant 1, but only beam S4 and
S5 show similar crack patterns and results.

120

Force [kN]

100
S3

80

S3 approximated
S4

60

S5

S4 approximated

In Figure 15 cracks due to tensile stress in the midfield
and in Figure 16 the formation of the compression
diagonal in the outer pane can be seen.

S5

40

S4

S5 approximated

20

theoretical
S3

0

0

20

40
60
80
Deflection [mm]

100

120

Figure 14: Force-deflection diagram of beams with soft
bonding [12]

The TGC beam with silicone bonding basically show a
very similar behavior. The first cracks occurred in the
middle pane because of tension stresses. After continuing
load introduction, the total collapse occurred by failure of
the bond line and transverse tensile cracks in the corner of
the outer panes. Only S3 showed a slightly larger
deflection (see Figure 14 and Table 5). This also results in
a different fracture behavior. Whereas at S4 and S5 after
the first loss of load an increase of load was still possible,
the force-deflection curve from S3 decreases significantly
already at 36.0 kN. Although a residual load bearing
capacity remained available, an increase of load was not
possible. The total collapse of all beams was caused by
both, shear failure in the bond line as well as tension
cracks orthogonal to the theoretical principal compressive
stress direction in the corners of the glass panes.
A summary of the basic information and a comparison of
the results of beams with soft bonding are shown in
Table 5.
Table 5: Results and evaluation of specimens with soft bonding

Specimen

S3

S4

S5

Adhesive

S

S

S

Experimental setup

V1

V1

V1

max. load
per
cylinder [kN]

36.0

40.5

43.6

Deflection
(M) under

5.51

10.78

11.09

21.4

24.4

24.4

16.3

18.8

18.8

in midspan
[cm]

Load per cylinder at
= /300 = 2.65

[kN]

Load per cylinder at
= /400 = 1.99

[kN]

S4

M

Figure 15: Glass crack pattern of beam S4 (middle glass pane)

A

S5

Figure 16: Glass crack pattern of beam S5 (outer glass pane)

The crack pattern in the middle pane of beam S3 looks
similar to the ones of S4 and S5, but comparing the outer
panes it is obvious that the outer glass pane of S3 strongly
sagged along the tensile element. It should be mentioned,
that this loss was only recognized on the outer glass pane
on the left side, consequently the forces were diverted
asymmetrically through the load bearing mechanism, cf.
Figure 17 and Figure 18.

M
S3

Figure 17: Glass crack pattern of beam S3 (middle glass pane)
A

Legend:
S…

2K-Silicone, see Table 1

V 1…

Variant 1, see Figure 6

In Figure 15 - Figure 18 the typical crack pattern of soft
beams due to the combination of transverse tensile
fracture in the glass and large shear deformation in the
bonding are shown. All three beams with soft bonding

S3

Figure 18: Glass crack pattern of beam S3 (outer glass pane)
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It is conspicuous that at beams with soft bonding large
plastic deformations occur after reaching the maximum
load and the behavior of the load bearing system is
extremely tolerant against additional cracks in the glass
pane or in the bond line. The risk of sudden collapse of
the load bearing mechanism is not given, since the failure
becomes noticeable in both cases by the first cracks.
The deflection-time function in Figure 19 shows the
movement of the cylinder and the deflection of the bottom
flange under the load application point on side A. Here
also the first load level at 14.0 kN was examined
carefully. Thereby, the deformation points at the
beginning (11.5 min), in the middle (13.0 min) and at the
end (14.5 min) of this load level were compared, so an
increase of a total deformation under uniform loading
from an average of 0.9 mm is evident. It can also be seen
that the gradient of the curve of the cylinder and the curve
of the deflection under the load application point deform
equally, but the deflection is different depending on the
load level. By comparing the mean value of deflection of
the levels starting with 2 kN at 3.5 and 16.5 min of the
load cycle, it is conspicuous that after a load of 40 % of
(14.0 kN) the residual deflection with 2.1 mm is
,
larger compared to residual deflection of the levels at 0 %
(2.0 kN) after a load of only 10 % of
of
,
,
(3.5 kN) with 0.5 mm. Thus at beams with soft bonding it
can be said, that a fourfold increase of load causes a threeto fourfold residual deflection of the beam.
20
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Figure 19: Deflection-time diagram of beam S4

4.3 COMPARISON
In this chapter the difference in characteristics and
behavior of beams with semi-rigid and soft bonding are
treated.
Especially the comparison of the usability criterion
according to [8] with the deflection limit = /300 is of
interest because here the beams with soft bonding are still
in the linear elastic range and their load bearing behavior
thus is comparable. At the beams with semi-rigid bonding
tested to variant 1 this border almost corresponds to the
first tension crack in the glass pane, and thus also
represents a criterion for a faultless appearance.
Regarding to the long-term behavior of TGC beams there
are still no investigations, therefore as a first estimation a
stricter limit on the deflection = /400 was chosen.

With this criterion still about half of the maximum load
can be carried.
A major difference between the beams with soft (S) or
semi-rigid (E) bonding is the crack pattern of the glass
segments, the failure pattern of the bond line and the
resulting maximum load. As expected in [3], due to the
semi-rigid behavior of silane-modified epoxy, at
specimens with this kind of bonding, a very dense crack
pattern aroused, whereas only few cracks appeared in the
glass pane of the beams with soft bonding. The final
failure at the stiffer beams (E) occurred by buckling of the
glass segments. At the beams (S) with soft bonding a
combination of transverse tensile fracture in the glass and
large shear deformation in the bonding prevails.
Compared to silane-modified epoxy silicone has a lower
shear stiffness, hence the bond line fails significantly
earlier under shear stress. In Figure 9 to Figure 12 and
Figure 15 to Figure 18 illustrate the difference in crack
patterns at total failure between beams with soft and semirigid bonding.
In order to derive a statement about creep deformation,
the movement of the cylinder and the deflection of the
measuring point on the bottom flange under the load
application point A as a function of time were analyzed in
Figure 13 and Figure 19. Especially the higher load level
at 28 kN (semi-rigid beams) and 14 kN (soft beams) have
been considered, because the difference between cylinder
and measuring point is larger in comparison to the lower
load levels. In both cases an increase of a deflection
deformation under uniform loading is evident, at beams
with semi-rigid bonding an average of 0.4 mm and at
beams with soft bonding of about 0.9 mm. Considering
the residual deflection it can be said that during the
relaxation phase (2.0 kN) after the load level of 40 % of
is with 2.1 mm larger than the deflection at the
,
stiffer beams with only 1.0 mm. This results show the
stiffer behavior and the lower deformation of silanemodified epoxy in comparison to silicone and finally
explain the higher load capacity of beams with semi-rigid
bonding, compare Figure 8 and Figure 14 and as well
Table 4 and Table 5.
To make an explicit statement about the maximum load
according to [20] of a TGC beam, the test results of the
two point loads were converted into a uniform load over
the entire beam length. Based on this conversion the
moment of this simplified single span girder was
calculated. Any partial safety factors were neglected.
With these input values, uniform load and moment, and
the dead weight of the beam the variable loads in
residential and office buildings from 1.0 to 3.0 kN/m²
according to [20] with a distance between the beams from
two to four meters and a ceiling construction with
2.0 kN/m² can certainly be calculated.
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5 CONCLUSIONS
ITI/VUT developed in addition to glued TGC panes also
glued TGC beams in the past seven years. The
circumferential shear bonding known by Structural
Sealant Glazing (SSG) is extended by the blockings
known from the fenestration industry. The overlay of
static effective shear fields and compression diagonals in
the glass panes enable an efficient load transfer.
While the semi-rigid and soft beams differ in their
stiffness and their load bearing capacity, also the two
beams with silane-modified epoxy bonding vary in their
behavior due to the different test set-ups. By comparing
the curves in Figure 8 it can be seen that Beam E2, which
was tested to variant 2 (Figure 6), had a stiffer
performance, but failed at a lower load level due to
buckling in the outer glass panes. Generally, the soft
beams were much more ductile and showed no brittle
failure. At the soft beams a residual load bearing capacity
remained available, an increase of load was not possible.
Due to the brittle behavior of the semi-rigid beams, indeed
the load capacity is higher but no residual load bearing
capacity can be detected, an increase of load after the first
cracks with almost no loss of rigidity was still possible.
All in all beams with semi-rigid bonding have a higher
load capacity by only minimal deflection compared to
beams with soft bonding.
Thus a composite system is being developed in which
glass is used for the transmission of the compression
stresses, so the combined potential of timber and glass can
be used optimally. In order to achieve an improvement of
the load bearing mechanism of TGC beams the
calculation and the construction needs to be investigated
deeply to be able to make reasonable predictions of their
failure mechanism. This paper provides a basis for the
manufacturing of the first prototypes. However, it has
been proven that in all treated subjects even more accurate
tests must be carried out to bring a mature product on the
market.
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LOAD-BEARING BEHAVIOR OF TRANSVERSELY LOADED WOOD
REINFORCED BY POLYMER CONCRETE GROUTING
Wolfram Hädicke1, Karl Rautenstrauch2
ABSTRACT: This Paper discusses several researches into the load bearing behavior of local load introduction areas
under transverse compression load that are reinforced by polymer concrete (PC) grouting. The objective of all these
studies was the characterization of the load bearing behavior in detail, in order to develop application rules for the practical
use of this efficient method of reinforcement. The results of several test series with small-sized specimens are presented.
For measuring of the strain distribution around the load introduction area as well as around the pc-reinforcement the tests
were carried out using a 2d-photogrammetric measurement system. In addition, the annual-ring structure of every
specimen was recorded by photogrammetry and geometrically analyzed by means of a specially developed procedure
using the spline-approximation method. Based on the full surface compression tests a computer simulation of the test
series using FEM was carried out whereby the real annual ring structure of the each specimen was built into the computer
models. The results of the experimental and numerical studies served as a basis for the development of a practical design
concept for the reinforcing method using PC-grouting.
KEYWORDS: compression perpendicular to the grain, reinforcement, polymer concrete, photogrammetry, annual-ring
analysis

1 INTRODUCTION 123
The subject of the presented research project are special
investigations of the load bearing behavior of a new,
practicable and quite easy to manage type of
reinforcement for load transfer areas. To increase the load
carrying capacity drill holes and block shaped areas
grouted with polymer concrete (PC) are inserted into the
timber.
Due to the rigid bond between wood and polymer concrete
as well as a geometrical adaption to the stress distribution,
it is possible to increase the load carrying capacity and the
compressive stiffness significantly compared to
conventional reinforcement by self-tapping screws.
Previous investigations [1], [2], [3] have shown the high
potential and efficiency of the presented reinforcing
method.
Due to the anisotropic structure of wood the bearing
behavior under compression perpendicular to the grain is
(both reinforced and unreinforced) highly complex and
influenced by a variety of factors. The following items are
particularly noteworthy: the annual-ring structure, the
grain orientation, knots, density, as well as growth
reactions of the trees (e.g. compression wood). The
objective of the presented studies is the characterization
of the load-bearing behavior in detail. Therefore, the tests
were carried out using a 2d-photogrammetrically
measurement system, which was developed at the
1
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wolfram.haedicke@uni-weimar.de

authors’ department [4], for measuring the strain
distribution around the load introduction area as well as
around the pc-reinforcement.

2 EXPERIMENTAL INVESTIGATIONS
ON SMALL-SIZED SPECIMENS
USING PHOTOGRAMMETRIC
MEASUREMENT SYSTEMS
To evaluate the bearing capacity of grout bodies
introduced perpendicular to grain, the knowledge about
the distribution of shear stresses, as well as of the normal
stresses at the composite joint is crucial. Insights should
be obtained through special small-scale experiments using
the 2d photogrammetry [4]. The data obtained by means
of photogrammetric measurement systems are also ideally
suitable for the validation of numerical simulations using
the FEM (Finite Element Method). By means of validated
FE-models the grout geometry should be optimized and
questions should be clarified whose answers cannot be
given by experimental studies only.
2.1 TEST PROGRAM
With the available photogrammetric measurement
systems, it is possible to detect absolute and relative
displacements of measurement marks applied on the
surface with high accuracy. However, since the grout
bodies of the previous application forms are located inside
2
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a wooden structure, it is not useful to measure in this case
on the outer surfaces. Therefore, specimen geometries
have been developed that represent a quasi-section of the
actual structures in order to make visible what is otherwise
hidden in the interior of the structures.

longitudinal-shear plane

out amounts to 106, with 32 specimen variations and 4 test
series.

rolling-shear plane

applied annual ring
orientation

radial

Tangential

45°

vertical

horizontal
Figure 1: Development of specimens that represent a quasisection of the actual structures

The test program includes the three possible situations of
a direct transversal compression loading: full support tests
with partial loading, end support tests and middle support
tests. Furthermore, full surface tests on cuboids according
to DIN EN 408 were executed. The material for all
specimens was spruce, free from defects. The annual ring
orientation of the specimens for the end- resp. middlesupport tests was almost radial. With respect to the full
support tests and the tests according to DIN EN 408
additional specimens with tangential and annual (nearly
45°) ring orientations were taken into account. Due to the
anisotropic wood structure it can be expected that the load
distribution in cases of partial transversal compression
loading in grain direction is different from that
perpendicular to the grain. To investigate this effect also
configurations with a load distribution perpendicular to
the grain have been tested. Therefore, specimens with
vertical and horizontal annual ring orientations were
manufactured.
Furthermore, various grouting geometries were
considered. The most practicable grouting geometry are
drill holes at an angle or perpendicular to the grain. The
lateral face of such geometry has the form of a rectangle
resp. a trapeze. Regarding this, the tested grouting
geometries were mainly slots with varying widths, depths
and inclination angels. Overall, the number of tests carried

Figure 2: Illustration of the different test series; top left:
full surface compression tests according to DIN EN 408; top
right: full support tests; middle: end support tests; below:
middle support tests

2.2 RECORDING AND ANALYZING OF THE
ANNUAL RING STRUCTURE
Due to the fact that the annual ring structure has a decisive
influence on the structural behavior, the specimens were
selected regarding their annual ring structure, respectively
were specifically manufactured in order to ensure the
desired annual ring structure.
In addition, the annual ring structure of every specimen
was recorded by photogrammetry and geometrically
analyzed by means of a specially developed procedure
using the spline-approximation method. The workflow
comprises several processes, which were carried out by
the help of the software Matlab® und Photoshop®. The
evaluation is based on measuring images of the end
surfaces of the specimen. The measuring images were
recorded with a telecentric measuring lens made by Sill
Optics and a high resolution camera. The use of
telecentric lenses has the advantage that the image scale
is known. The small image distortion of the used lens
could be neglected for this application. One disadvantage
of such optics is the limited object size, which is 7 x 11 cm
in this case. Before the edge detection, the grayscale
images had to be cropped and optimized by Median-filter
and Gaussian-filter algorithm (Figure 3a). For the edge
detection several common methods (Canny, Sobel) were
tested. Well common for the detection of annual ring
structures is the Kirsch-operator. In this case four
different filter matrixes (1) are applied (vertical,
horizontal, one for each diagonal). The application of this
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matrixes leads to four intermediate results which are
combined to the end result (Result_kirsch) by finding the
maximum values (2).
⎛ 1 0 1 ⎞
⎜
⎟
S _ h = ⎜ 2 0 2 ⎟
⎜
⎟
⎝ 1 0 1 ⎠

horizontal 

⎛ 2 1 0 ⎞
⎜
⎟
S _ d1 = ⎜ 1 0 1 ⎟
⎜ 0 1 2⎟
⎝
⎠

diagonal 
Result_kirsch

⎛ 1 2 1⎞
⎜
⎟
S_v = ⎜ 0 0 0 ⎟
⎜ 1 2 1⎟
⎝
⎠

(1)

vertikal 

⎛ 0 1 2⎞
⎜
⎟
S _ d2 = ⎜ 1 0 1 ⎟
⎜ 2 1 0 ⎟
⎝
⎠

diagonal 
=

max{imfilter(image,S_h),
imfilter(image,S_v),
imfilter(image,S_d1),
(2)
imfilter(image,S_d2)}

The segmentation of the annual ring structures was then
effected by means of the hysteresis threshold method.
The result is a binary image. The annual ring structures
have the pixel value 1 and all other areas the value 0 (one
example is displayed in Figure 3b). Depending on the
quality of the original image, a more or less elaborated
postprocessing by means of Photoshop® is necessary, to
connect contiguous structures or to remove areas that are
not part of the annual rings. Now every single annual ring
could be identified as an object. To visualize this, Figure
3c shows an image in which every annual ring object has
an individual gray level. After the definition of an x-y
coordinate system by using the pixel size as scaling, every
pixel which fits to a ring object could be localized.
Now all pixels belonging to a tree ring were acquainted
with their position in the coordinate system. With this
information mathematical functions could be
approximated to the annual rings. By means of these
functions quantitative information regarding annual ring
angle and distance can be obtained.
For the year rings approximation B-spline curves were
chosen. B-spline curves are piecewise polynomial
functions of degree n and continuous at the knots.
This type of function has compared to other types the
advantage of a high flexibility and easy handling.
Regarding the length of the annual ring object, B-spline
curves of grade 2, 3 or 4 were used.
The curves are fitted using the method of least squares.
One example of the fitted functions shows Figure 3d.
The determination of the annual ring angle was then
carried out based on the formation of the first derivative
of the spline functions.
One result of the annual ring determination is shown in
Figure 4.
By means of spline interpolation the angle values were
determined at the intersections of a regular network which
was applied on the cross section area. The result is a table
which contains the distribution of annual ring angels of
the end grain surface.

a) optimized
measuring
image

b) result of
the filter
algorithm

c) result of
the annual
ring
identification

d) result of the
fitting with Bspline curves

Figure 3: Workflow of the annual ring analysis

Figure 4: Example of a result of the annual ring angle
determination

2.3 TEST RESULTS
First, the load-displacement behavior was investigated by
means of the photogrammetric measuring data. With these
results direct statements on loads and stiffness could be
obtained and reinforcing effects could be quantified. The
evaluation of the full surface test was carried out
according to DIN EN 408. That means, that the MOE was
determined in the elastic range and the strength
perpendicular to grain was determined at 1% plastic
strain. The results of these tests are also used for the
calibration of the material models for the FE-simulations
(see chapter 3).
The stiffness and strength values from those tests are the
basis of comparison for the full support test with partial
loading. This is possible because the specimens of both
test series are made of the same boards. Below, a couple
of results from the comparison of the full-surface
compression tests and the unreinforced full support tests
with partial loading are presented:
For the comparison of the full support tests different
criteria were evaluated. The first criterion was the elastic
stiffness. The stiffness was calculated by finding the slope
of the stress-strain curve in the elastic range (see Figure
7). For partially loaded specimen the strain was the
quotient of the indentation Δh and the specimen height h,
whereby the stress was defined as the quotient of the load
F and the load introduction area. The so calculated
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2.3.2 Evaluation of unreinforced full supported
specimen
The below displayed charts illustrate the high complexity
of the load bearing behavior of wood under transverse
loading. Figure 6 shows the determined stiffness values of
the partially loaded series (green bars) in comparison with
the affiliated transverse MOE’s (blue bars) and load
distribution angels (red bars). It is interesting, that the load
distribution angle strongly depends on the annual ring
structure. For a possible load distribution in the
longitudinal shear plane the load distribution angle is
assumed in general about 45° [5]. For an annual ring angle
about 45° or tangential orientation the load distribution
angle is significantly greater than 45°. This fact results in
a disproportionately higher apparent transverse stiffness.
The specimens with radial annual ring orientation show a
slightly lower load distribution angle than 45° and
therefore also a relatively lower apparent stiffness value.
For a possible load distribution in the rolling shear plane
the load distribution angle also depends on the annual ring
orientation. For a vertical orientation the load distribution
is slightly more distinct than for a horizontal orientation.
As expected for a load distribution in the rolling shear
plane the load distribution angle is clearly lower.
transverse stiffness [N/mm²]

2.3.1 Calculation of the load distribution angle
For partial loaded wood members with full support,
assuming a constant transverse MOE Ec,90 and the model
concept of a symmetric load distribution with a constant
load distribution angle α (see Figure 5) it is possible for a
load F to determine the strain distribution about the
member´s height (3). The integral of the strain distribution
results in the indentation Δh for the load F (equation (4)
and (5)). The indentation Δh for a load F is known from
the experimental tests. For the transverse MOE Ec,90 the
mean values of the results of the full surface test according
to DIN EN 408 were assumed, regarding the annual ring
structure. By use of equation (6) which is the solution of
the definite integral (5) the load distribution angle α can
be calculated.

(5)

∆

load distribution angel [°]

stiffness is not equal to the transverse MOE because it is
influenced by effects from the load distribution.
Therefore, this value is called apparent transverse
stiffness in this publication. The second criterion is the
transverse strength fc,90. According to DIN EN 408 fc,90 is
defined as the stress value at 1% plastic strain (see Figure
7). This definition was also assumed for the partially
loaded full support tests.
The third criterion is the stress value (fc,prop) at the
proportional limit. For the evaluation of the full support
test the proportional limit was defined at a plastic
indentation of 0.05 mm (see Figure 7).
The last criterion are the calculated load distribution
angles.

∙

∙

,

(4)

The behavior in the post-elastic range of the stress-strain
curves is similarly differentiated. Figure 7 shows two
examples with a different behavior, caused by the annual
ring orientation. Depending on the annual ring orientation
resp. the load situation was observed a nearly ideal elasticplastic behavior (for example horizontal annual ring
orientation and load distribution in the rolling shear plan)
up to distinct nonlinear behavior (for example 45° annual
ring orientation) or a behavior with alternating hardening
and softening.
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Figure 8: Comparison of full support test according to DIN
EN 408 with partial loaded full surface test without
reinforcement; transverse strength at 1% plastic strain
(fc,90) and strength at proportional limit (fc,prop) (mean
values)

The strongly differing ratio values of the strength at the
proportional limit fc,prop and the strength at 1% plastic
strain fc,90 are also an indicator for that structuredependent behaviour.
2.3.3 Evaluation of reinforced full supported
specimen
For the quantification of reinforcing effects in terms of
loads respectively strengths, the choice of an adequate
comparison criterion is of great importance.
For the criterion of strength at 1% plastic strain, which
means in this case at a plastic indentation of 0.9 mm, and
apparent stiffness the comparison of reinforced and
unreinforced specimens results as follows:

If only a load distribution in the rolling shear plane is
possible, the reinforcement effects are relatively small for
the criterion of strength. For the criterion of stiffness the
effects are slightly higher.
The test series with a load distribution in the longitudinal
shear plane show higher reinforcement effects (up to
200%). In this case the effects for the criterion of strength
are higher than for stiffness. Furthermore, there is a
dependency on the width and height of the grouted slot
but the height has the greater influence.
2.3.4 Evaluation of reinforced end supported
specimen
The influence of the geometry of the grouted slot on the
reinforcement effects should also be investigated at end
supports. Primarily two geometric parameters were
investigated in this case, the height and the slope of the
grouted slot. The width of the slot was constant.
At each test specimen four tests were carried out, two
reinforced and two unreinforced. For this the specimen
was rotated four times. Therefore, for this test series also
a direct comparison of reinforced and unreinforced end
supports situations was possible.
The comparison criterion of strength at 1% plastic strain
which was applied for the full supported test series was
not suitable for this test series. The plastic strains only
occur on a very small part of the specimen height and
therefore 1% plastic cumulative strain will only be
achieved if extremely large local strains occur. For this
reason the compression stress related to the bearing area
for an indentation of 5‰ (corresponds to an indentation
of 0.575 mm) of the specimen height was chosen as the
comparison criterion.
Using this criterion the reinforcement effect results as
follows.
Figure 10 shows the significant dependency of the
achievable loads on the height of the grouted slot. The
analysis of the inclination of the grouted slots showed a
significant dependency of the load capacity on the
inclination angle of the grouted slot (Figure 11). However,
this effect could not be confirmed on tests with building
relevant dimensions (test series is not part of this
publication). In this regard further studies are necessary.
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Figure 10: end support test series, reinforcement effect [%]
for criterion stress at 5‰ total strain, comparison of slot
height for constant inclination (90°) and width (15 mm)
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Figure 12: evaluated configurations of reinforced middle
supported specimen

130

Using the photogrammetric measurement on the outer
surfaces information about the strain behavior directly on
the grouted volumes and in the space between two grout
bodies should be obtained.
For the configurations (b)-(e) a direct comparison without
and with reinforcement was possible, because
unreinforced area and all four configurations were tested
on the same specimen.
The mean values of the reinforcement effects, again for
the criterion of stress at 5‰ total strain of the specimen
height, are displayed in Figure 13.
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config. (b)
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Figure 13: middle supported specimen, reinforcement
effect [%] for criterion stress at 5‰ total strain
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Figure 11: end support test series, reinforcement effect [%]
for criterion stress at 5‰ total strain, comparison of slot
inclination angle for constant slot height (45 mm) and width
(15 mm)

2.3.5 Evaluation of reinforced middle supported
specimens
At this test series, beside grouted slots, also grouted drill
holes were examined. Therefore, two in principle
different configurations are made. The evaluated
configurations are displayed in Figure 12.
The first configuration was a drill hole in the center of the
load introduction area with two different depths (57mm
correspond to the half specimen height and 30mm). The
second configuration were two halved drill holes on the
outer sides of the load introduction area with the same
depths as in the first configuration. The grouted volumes
of both configurations for corresponded hole-depths are
the same. Therefore, the load bearing behavior should also
be in principle equivalent.

2.3.6 Evaluation of the photogrammetric measuring
data
Beside the normal procedure, the evaluation of the loadindentation behavior which enable the determination of
reinforcement effects, photogrammetric measurement
enables a further analysis of the load bearing behavior.
In a first step for all specimens strain analyzes along the
axis of the bearing were carried out. These analyzes allow
conclusions to the location and value of the elastic and
plastic strains on the specimen height and the actual angle
of the load distribution.
Figure 14 and Figure 15 shows the development of the
strain distribution for increasing compression stress
(related to the load introduction area) and the load
distribution length calculated by equation (7). The
displayed examples are partially loaded full supported
specimens, one unreinforced and one reinforced.
/2
with:
F
Ec,90
b
ε

,
-

(7)
2∙

,

∙

∙

,

load
transverse MOE (used are the mean values
of the corresponding full supported tests
acc. to DIN EN 408)
width of the specimen
measured strain for the respective load F
and height
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Figure 14: partially loaded full supported unreinforced specimen, radial annual ring orientation; left: development of the
transversal strains for increasing stress [N/mm²]; middle: corresponding measuring image; right: calculated load
distribution based on the measured strains
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Figure 15: partially loaded full supported reinforced specimen (slot width/height 20/30 [mm]), radial annual ring
orientation; left: development of the transversal strains for increasing stress [N/mm²]; middle: corresponding measuring
image; right: calculated load distribution based on the measured strains

3 FE-SIMULATIONS
All FE-simulations and analyzes were carried out using
the software Ansys®.
Based on the experimental data and the determined annual
ring structure the material properties of the used material
model were calibrated. The main basis for the calibration
were the simulation of the full surface compression tests
according to DIN EN 408. The real annual ring structure
of the each specimen was built into the computer models.
Primarily used was an orthotropic material option and the
generalized Hill yield criterion. Using this material model
an ideal elastic-plastic material behavior with in the three
material axis different yield criteria for compression,
tension and shear and stiffness values could be simulated.
Using the calibrated material properties the experimental

test of the unreinforced specimen could be simulated with
sufficiently accordance (see Figure 16).
This material model were used for FE-analyzes of
reinforced specimen, to obtain detailed information on the
distribution of the shear stresses at the bonding joint, e.g.
shown in Figure 18.
Figure 18 a) and b) shows the nonlinear distribution of the
shear stresses, both over the length and over the
circumference.
This distribution with a stress peak at the end of the grout
body matches photogrammetric evaluations, e.g. in [3].
Another important information is that regarding to the
circumference the stress maximum is located at that point
where the corresponding stress plane is orthogonal to the
lateral surface of the grout body. The stress value
decreases to almost zero at that point where the stress
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plane is tangential to the lateral surface. This applies both,
to the shear stresses in the longitudinal shear plane and for
the perpendicular thereto oriented rolling shear stresses.
Due to the significantly lower rolling shear stiffness
compared to the longitudinal shear stiffness the maximum
value of rolling shear stresses is in this case also only
about 1/6 of the longitudinal shear stresses.
The previously made assumption [3], that force
transmission from the grout body to the wood cross
section in the rolling shear plane is only of secondary
importance, was thus confirmed.
30
25

load [kN]

20

a): longitudinal shear plane
(drawn to scale)

15

Figure 18: FE-simulation of reinforced middle supported
specimen (configuration (b) in Figure 12); shear stress
distribution at the bonding joint

10
5
0

b): rollling shear plane
(drawn to scale)

4 DESIGN CONCEPT
0

1

2
indentation [mm]

3

Figure 16: comparison of test (light gray curves) and
simulation (red curves) for the example of unreinforced
middle supported specimen

4

In the experimental test, three primary failure mechanisms
were found, depending on the geometry. The first
mechanism was a compression failure of the grouting
material, the polymer concrete, directly at the load
introduction. The second mode was a bonding failure of
the joint of polymer concrete and wood. The third primary
mechanism was an occurrence of large plastic
deformation of the wooden part at the end of the grout
body.
All three failure modes should be considered by a
simplistic design model. The following design proposal is
only valid for a rigid load introduction (e.g. a steel bearing
plate). The design proposal is presented for the example
of end support situation.
The transferable bearing force N is obtained from the
smallest force value of the design sections shown below.
N = min(N1-1, N2-2, N3-3)

Figure 17: FE-simulation of reinforced middle supported
specimen (configuration (b) in Figure 12); FE-model
(halved Model)
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Design section 1-1 (section at the load introduction)
The failure mechanism is a compression failure of the
grouting material, the polymer concrete, directly at the
load introduction

Full plastic normal load carrying capacity assuming
ideal elastic-plastic behavior of both composite
materials (pc and wood). The load carrying capacity is
the sum of the full plastic compression capacity of pc
and full plastic transverse compression capacity of
wood.
with:
,
,

,

,

∙

,

∙

,

,

Design section 2-2 (section along the grout body)
The failure mechanism is a bonding failure of the grout
body.

Design section 3-3 (section horizontal at the end of
the grout body)
The failure mechanism is an occurrence of large plastic
deformation of the wooden part at the end of the grout
body

The load carrying capacity results from the integration
of the transversal stress distribution along this section.
Photogrammetric and FE-analyzes show that this
distribution is nonlinear with a maximum value directly
at the end of the grout body. For the longitudinal
direction the distribution was approximated by an
exponential function. Thereby the load carrying
capacity results as follows:
∙

∙

∙

,

∙

,

∙

,

∙

∙

,

∙

2∙

∙

By means of the parameter β, the nonlinear stress
distribution in the lateral direction could be considered.
It is dependent on the lateral distance of the grout
bodies.

5 CONCLUSIONS

This failure mode only occurs if the wood plasticizes at
the load introduction area and at the end of the grout
body. Only in this case the full shear stress with a stress
peak at the end of the bonding joint occurs. If the stress
peak reaches the level of the bonding strength the
failure occurs.
With the simplification of a averaged stress distribution
and a shear force transmission only in the longitudinal
shear plane the load capacity results as follows:
with:

,

∙2∙

,

∙2

,

,

∙

By means of the parameter α, the nonlinear shear stress
distribution could be considered.

In the presented analyzes many important findings have
already been obtained for the principal structural behavior
of transversely loaded wood with and without
reinforcement by pc-grouting. The measurement data
provide a variety of other analysis options which are
intended to be used in the future in order to clarify further
special questions. Furthermore parametric studies by
means of the FEM are necessary to quantify some
parameters of the design concept.
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TWO WAY SPANNING CLT CONCRETE COMPOSITE SLAB
St an Lo us1, St an Wint r2
ABSTRACT: This paper examines the load-bearing behaviour of cross-laminated-timber-concrete-composite slabs. The
inhomogeneous distributed orientation of the trajectories of principal stress within the slab effected the design of the shear
connection between the cross-laminated-timber (CLT) and concrete layer. Two well-known shear connection types, fully
threaded screws in an angle of 45° and rectangular milled in notches, were examined in bi-axially loaded push out tests.
Natural frequency tests and medium-scale test including the two shear connection types and different CLT-layer
configurations determined the effective bending stiffness of the slab and the effective torsional bending stiffness of the
slab respectively. The results facilitate the description of the bi-axial load-bearing behaviour, and establish a basis for a
structural design model in two-way spanning CLT-concrete-composite-slab engineering. The paper eventually suggests
first calculation models, a simplified FEM-model and a grid model. In this regard, a force-fitting element joint was
developed and tested for practical reasons.
KEYWORDS: CLT, TCC, two-way spanning slab, shear connection, notch, fully threaded screw, natural frequency,
effective bending stiffness, torsional bending stiffness, push-out test, force-fitting element joint

1 INTRODUCTION 123
Both, CLT (Cross-Laminated Timber) and TCC (TimberConcrete-Composite) are technologies that have evolved
effectively in the recent years. CLT enabled large areal
timber structures with a bi-axial load-bearing capacity.
TCC enhanced conventional slabs by improving loadbearing capacity, acoustics, and fire safety properties.
These slabs have been applied in renovation and modern
(timber) buildings, but are still limited to a one-way
spanning system. By combining CLT and TCC, a twoway spanning slab becomes possible with an improved
load-bearing behaviour, furthermore offering flexible
solutions regarding the positioning of supporting walls
and columns.

Figure 1: C

1

2 SCHEMATIC LOAD BEARING
BEHAVIOUR
Looking at the trajectories of principal stress within a
structural plate may help to understand the main
investigative questions regarding a two-way spanning
slab compared to a known and working one-way spanning
concept. Figure 3 and 4 schematically compare the
trajectories for two-plate-configurations. In an one-way
spanning TCC-system the interplay of concrete stiffness
( C), CLT stiffness ( C , and ) and shear connection
stiffness ( ) happens unidirectionally and is summarized
with . Here the direction of principal stress always runs
perpendicular to the support lines. In a two-way spanning
plate system, the trajectories of principal stress do not
follow just one direction. The direction depends on load
application, support type and stiffness distribution within
the plate. For an approximate determination of the stress
distribution, all stiffness are summarized in the effective
bending stiffness
and y and the effective torsional
bending stiffness y. These three parameters are utilized
to predict the proportion of activation of the second way
(in Y) in a two-way spanning plate.

-Concrete-Composite- la
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3 EXPERIMENTAL EXAMINATION OF
THE LOAD BEARING BEHAVIOUR
3.1 SET BOUNDARIES

Figure 2: ecti e sti ness summari ing the sti ness
properties o concrete, shear connection, an C

Due to the many relevant parameters influencing the
load-bearing behaviour of the composite-slab, several
boundaries were set prior to the examinations:
- Concrete Strength class C20/25; very pourable
(>F5); Minimum reinforcement Q188A; layer
thickness tc = 80 mm.
- C
Strength class C24; no edge bonding;
individual layer thickness tC ,i = 20/30/40 mm; 5
layers.
hear connection type
o Notch: rectangular; non-reinforced
o Screw: fully-threaded; screwing angle 45°;
(Wuerth Assy Plus SK Ø8-L160 mm).
eparation layer et een concrete an tim er none.
upport Hinged support on all sides; Non-/hold
against lifting.
i e length ratio y / = 1.0 ~ 1.5.
3.2 SHEAR CONNECTION K

Figure 3: ne- ay spanning chematic ie o trajectories o
principal stresses epen ing on e ecti e sti ness an loa ing
earing irection

The shear connection stiffness is a predominant factor for
the load-bearing and deformation behaviour of TCCconstruction, hence necessitating an examination of the
connection behaviour in a two-way spanning system. As
described in Chapter 2, the trajectories follow different
directions. To activate the maximum load bearing
potential it is necessary to align the shear connection to
the principal stress. Note, that a change of load
distribution (e.g. from full to half sided) consequently
alters the direction of the trajectories of principal stress as
well. In practice, a deviation from the fixed connection
position is always possible. β describes the deviation
angle. The angle α between grain directions to principal
shear force considers an influence of the (orthotropic)
CLT-layers grain direction on the shear connection
behaviour. (See figure 5 and 6).

Figure 4: o- ay-spanning chematic ie o trajectories
o principal stresses epen ing on e ecti e sti ness an
loa ing earing irection
Figure 5: hear connection alignment

otch
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Figure 6: hear connection alignment

cre

Table 1 describes the examination of different directions
of principal stress and resulting adaption of the shear
connection in the setup. Questions remain how shear
connection stiffness and load bearing capacity behave, if
a) the fastener is turned in plate-plane and deviates from
its original orientation to grain direction, and b) the shear
load direction deviates from the shear connection.

Regarding the notch, the test results reveal a large descent
in load bearing capacity and an even larger loss in
stiffness with increasing angle α. Therefore, an adaption
of the notch is necessary. The failure picture in figure 10
shows that due to the low young’s modulus perpendicular
to the grain, the stress dissipates to the next layer within a
timber length of l ~ 75 mm in front of the notch.
Consequently, it is feasible to reduce notch length and
timber length in front of notch and thereby increase the
number of notches per unit length (figure 12).
Figure 13 depicts another alternative with bypassing the
top “weak” layer (α = 90°) and embedding the notch in
the second “strong” layer (α = 0°).
With an angle α = 90° in the second layer, rolling shear
failure occurs, see figure 10 right. Limiting the notch
depth t < top layer thickness tCLT,1 reduces the shear stress
in the second layer (with α = 0°) by strapping back parts
of the layer below the notch and hence increasing the
shear transmission area (comparison of figure 7 left and
figure 11). To keep the t l-ratio of the concrete console in
an appropriate level, it is recommended to apply a slender
top timber layer.
The tested screw shear connections, listed in table 1,
yielded a low decrease in load-bearing capacity while
stiffness considerably decreased depending on the forcescrew angle β. The specimens with screws aligned
correspondent to the trajectories of principal stress
revealed an even and therefore optimum stiffness
distribution in the composite connection (figure 17).

Figure 7: hear Connection Notch Type 1 in X with α = 0°
analogue
le t an Notch Type 1 in Y with α = 90° (right)

Figure 8: hear Connection

cre

ype

Table 1: Results to Push-Out-Tests with TCC-ShearConnections

Figure 10: ush- ut- est Result
in right

otch ype in

Figure 9: ush- ut- est Result
ype

le t an

cre
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Figure 11: mpro e notch con iguration
in

otch ype an

Figure 12: mpro e notch con iguration

otch ype in

Figure 13 mpro e notch con iguration

parallel to the plate sides in orthogonal lines, which
facilitated the grooving process. The screws followed the
trajectories of principal stress. For practical reasons, the
screw alignment in plane was discretised in steps of 22.5°
(figure 17). The CLT-layer configuration followed (1) a
minimal configuration, (2) the layer specification by the
notch, and (3) a standard configuration with even layers
(table 2).

otch ype in

3.3 TORSION IN PLATES – Bxy
Besides the load bearing behaviour in primary and
secondary direction, the torsional bending behaviour is
the third component for the description of the plate load
bearing behaviour. A static four-sided plate experiences
its main torsional bending in the corners. In general,
torsional bending and bending load are blended. A pure
torsional bending load is created with the respective
deformation form (figure 14). This leads to the grid model
in figure 15 and onward to test setup in figure 19.

Figure 16: orsional en ing specimen ith orthogonal notch
alignment

Figure 17: orsional en ing specimen ith scre alignment
to trajectories o principal stress

Figure 14: e ormation o a plate section un er pure torsional
en ing

Figure 15: ri mo el accor ing to

ith

y

y

The results of the above described shear connection tests
induced the order and alignment of the shear connections.
The notches (Type 3 from figure 12 and 13) directed

Figure 18: orsional en ing test result sho ing concrete
sur ace a ter loa ing ith orce
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None of the specimens reached its ultimate load due to the
large deflection . Abort criterion in all cases was a
deflection at the load application point ma > 50 mm. All
specimens showed a linear-elastic modulus of
displacement until a combination of tension and sheartension crack on the upper side of the concrete layer
occurred (figure 18). The modulus of displacement
corresponded to the torsional bending stiffness y (table
2)
Figure 21:
-simulation
or eigenmo e
etermination analogue the irst en ing eam eigenmo e
“free – free”

The effective bending stiffness can be derived from the
natural frequency of a freely supported beam:
Figure 19: orsional en ing test setup ith specimen
m
m compare to igure

y

3.4 NATURAL FRE UENCY TESTS – Bx, By
Additional to the force-displacement-tests for
determination of torsional stiffness y, natural frequency
test were performed on the same specimens to determine
the corresponding bending stiffness
and y. The point
supports placed in the inflexion points of each eigenmode
enabled a free oscillation of the compact slabs (with h lratio 8.5 to 10.0) . For better identification, the
eigenmodes and natural frequencies were calculated
accordingly in a FEM-volume model (depict in figure 21).
Comparing the measured frequency spectrum with the
FEM-calculation identified the relevant modes.

In equation (1), is the side length, ρ·A·L the total weight
and (γk
the first eigenmode coefficient.
3.

Com arison

In a first comparing grid model calculation, the influence
of the evaluated torsional bending stiffness
y was
compared with the bending stiffness
and y. By
comparing y,gri
, the reduction of
y,test with
y,gri
the torsional bending stiffness resulted in an increase of
the deflection ma and of the bending moments m ,ma and
my,ma by approximately 14 %. With a proportion y >
1, the influence of the torsional bending stiffness further
decreased.

4 FORCE FITTING ELEMENT JOINT
As transportation and production limit the slab element
size, a force-fitting element joint is necessary to activate
the biaxial load-bearing capacity. Most important
parameter is the effective bending stiffness of the joint
connection. A loss in stiffness reduces the stiffness of the
bearing axis orthogonal to the joint line and therefore a
balanced biaxiality.
With glued-in reinforcement bars, a connection was
developed, which meets the requirements of stiffness and
practical buildability (see Figure 22) [5].
Figure 20: emplary re uency spectrum o natural
re uency test
Table 2: Effective (torsional) bending stiffness before concrete
cracking

WCTE 2016 e-book | 4955

over the complete joint area and was taken into account
by modifying the shear modulus of the top timber layer
(figure 24:
→ e ).

.3 Grid Mod l
Figure 22: lement connection ith glue -in rein orcement
ars o acti ate the orce- it, concrete is poure into the gap

In four-point bending tests the specimen with joint and
depict connection showed a nearly equal deflection in
comparison to the specimen without joint (Figure 23).
Hence, the application of this element connection does not
result in stiffness loss.

To calculate the local effect of shear connections, a spatial
grid model in imitation of [4] was developed to enable
individual modelling of shear connections. Besides the
possibility to give a shear connection a local geometric
orientation, the degree of composite and the load
distribution in the model can be evaluated.

Figure 25: hree imensional gri mo el approach

CONCLUSION
Figure 23: our-point en ing test on jointe C
elements

- CC-

CALCULATION MODEL
.1 G n ral
Parallel to the experimental studies, calculation methods
were developed. The holistic study of the plate within a
vast solid model with individual modelling of the
connections and incorporating non-linear material
behaviour is very complex and computationally intensive.
Therefore two simplified models were developed, which
could be validated for practical calculation and design of
two-way spanning TCC-slabs.
.2 Sim li i d Solid Mod l
The concrete- and CLT-layers were modelled
individually. All contacts between the layers were defined
as rigid. The shear connections were not modelled. The
shear connection stiffness was “smeared”

The executed experiments provide a good basis for the
description of the load bearing behaviour of two-way
spanning cross-laminated timber concrete composites.
Important parameters like the shear connection stiffness
and the torsional bending stiffness were quantified.
Supplementing tests on larger scaled slabs could validate
the calculation models. In the area of shear connections,
solutions to the biaxial stiff execution have been
presented. A notch construction was investigated, which
exhibited a high shear stiffness in both axis ways. The
calculation and production effort for a spatial distributed
screw alignment is arguable, but may be adequate in local
applications.
Future parameter studies are needed to show limits and
potential of the structural system. Influences as adhesion
and moisture interaction have an unneglectable impact on
the composite behaviour, and are object of further
investigations. In principal, further discussion is needed
about the degree of implication of the adhesion in the
ultimate and serviceability limit state.

REFERENCES

Figure 24:

o i ie top C

layer in

-soli mo el

[1] Michelfelder B.: Trag- und Verformungsverhalten
von Kerven bei Brettstapel-Beton-Verbunddecken,
Universität Stuttgart, Stuttgart, Germany, 2006.
[2] DIN EN 26891: Timber structures – Joints made with
mechanical fasterners – Gerneral principles for the
determination of strength and deformation
characteristics, DIN Deutsches Institut für Normung
e.V., 1991.

WCTE 2016 e-book | 4956

[3] Mestek P.: Punktgestützte Flächentragwerke aus
Brettsperrholz (BSP) – Schubbemessung unter
Berücksichtigung
von
Schubverstärkungen,
Technische Universität München, Munich, Germany
2011.
[4] Grosse M., Hartnack R., Lehmann S., Rautenstrauch
K.: Modellierung von diskontinuierlich verbundenen
HolzBetonVerbundkonstruktionen
/
Teil
1:
Kurzzeittragverhalten, Bautechnik, Volume 10 Issue
8, 2003.
[5] Lechner, M: Kraftschlüssiger Brettsperrholz-BetonVerbundstoß,
Master‘s
Thesis,
Technische
Universität München, Munich, Germany 2016.

WCTE 2016 e-book | 4957

HYBRID CROSS LAMINATED TIMBER PLATES HCLTP –
NUMERICAL OPTIMISATION MODELLING AND EXPERIMENTAL
TESTS
I to Sust rsi 1, Bostjan Bran 2, Bruno Duji 3, Ja a Br o ni 4, I or Ga ri ,
Simon Ai h r , G rhard Dill Lan r , Wol an Wint r , Alir a Fadai ,
Thomas D ms hn r1 , Gr or L din 11
ABSTRACT: This paper presents the development of two new types of hybrid cross-laminated timber plates (HCLTP)
with an aim to improve structural performance of existing cross-laminated timber plates (Xlam or CLT). The first type
are Xlam plates with glued timber ribs and the second type are Xlam plates with a concrete topping. A numerical
optimisation was performed to study optimal plate setups in terms of ultimate limit state and serviceability limit state
requirements. The numerical outcomes served as input for defining the specimens for experimental tests on subassemblies
and full-scale specimens. The new elements in general show improved structural performance with less material used.
Experimental and numerical investigations serve as essential information for further extensive parametric studies of
hybrid cross-laminated timer plates and development of design models and principles for implementation in the building
codes.
KEYWORDS: Cross-laminated timber, Hybrid plates, Experimental tests, Numerical modelling, Optimisation

1 INTRODUCTION1
Cross laminated timber (Xlam or CLT) has started its
mass production about 15 years ago. Over time it has
become one of the most used products in the timber
construction industry with its worldwide use growing
exponentially [1]. As the quantity of yearly cut timber
especially in Europe is slowly reaching its maximum, its
price is consequently rising, making conventional Xlam
less competitive on the market on one hand and more
straining on the forest on the other hand. Xlam technology
has still lots of potential for improvement in several
aspects that would allow for more effective and economic
use under different boundary conditions; namely loads,
spans, fire resistance, seismic performance, etc.
This paper presents two new hybrid types of crosslaminated timber plates (HCLTP) that address these
issues. The first type is the so called “Xlam ribbed plate”,
with timber ribs glued within the Xlam plate’s structure.
The second type of modified Xlam plates have a layer of
1 Iztok Sustersic, University of Ljubljana, Slovenia,
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2 Bostjan Brank, University of Ljubljana, Slovenia,
bostjan.brank@fgg.uni-lj.si
3
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5 Igor Gavric, CBD d.o.o., Slovenia,
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6
Simon Aicher, MPA Otto Graff Stuttgart, Germany,
simon.aicher@mpa.uni-stuttgart.de

concrete attached on Xlam plate in various manners. The
main objective of the newly proposed hybrid Xlam plates
is to optimise the structural performance of regular Xlam
in terms of optimisation of material use. In addition, also
other cost-reduction improvements can be achieved.
Namely speeding up of the construction process as final
building layers (insulation, façade etc.) can be installed
easier and material for an additional sub-façade structure
is not needed any more. As such they could present a more
competitive and forest friendly product on the market.

2 HYBRID CLT PLATES
2.1 XLAM RIBBED PLATES
There is a high demand for the ribbed-type plates on the
construction market. The main use of such plates is for
floor and roof panels with higher stiffness and strength for
larger spans (Figure 1, Figure 2).
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The second main field of their use is for walls with ribs on
the outer side of cross-laminated timber walls that serve
as a sub-construction for insulation and a façade. In
addition, ribbed wall elements would allow for higher
buckling resistance with the façade sub-structure being
included in the main product. Hence such elements would
ensure a more effective construction with lower timber
consumption for equal loads and at lower production
costs.

into the main cross-lam structure, forming a new type of
the outer side lamella pattern and unifying the ribbedplate production process, time and costs are saved. Also
very narrow ribs can be used due to the secure positioning
in their stable cover layer structure.
2.2 XLAM CONCRETE PLATE
The second proposed hybrid Xlam plate type is a
combination of Xlam plates with a concrete top or bottom
layer. A combination of concrete and timber is sometimes
used for strengthening existing older timber joists [2] by
pouring concrete slab over the joists and forming a
composite structure with massive timber ribs and a
compression concrete slab. Steel shear bolts are used for
the shear force transfer from timber to concrete. The
newly proposed product uses a similar principle, however
in a hybrid plate form and with different connecting
principles.

(i)

(ii)

(iii)

Figure 3: lanne tim er-concrete specimen types

Figure 2:
asic lam ri
com inations

e plate structure an

arious ri

Combining Xlam and glue-laminated or massive timber
beams into a ribbed-type is currently in practice
performed as a two-step process. This means additional
plate and rib manipulation that can also demand the use of
additional mechanical fasteners. By incorporating the ribs

The benefits of such a plate are its higher stiffness and
strength, its versatility and adaptability to various
boundary conditions. If concrete is used as a bottom layer
(with reinforcement) higher strength and stiffness are also
complemented with a fire protection layer. The concrete
layer can also be useful for ensuring stiff floor membrane
behaviour during seismic events (as commonly demanded
by seismic design standards). The concrete can be poured
in the factory, hence making the plates completely
prefabricated or at the construction site, consequently
tying them all together and forming a floor membrane.

WCTE 2016 e-book | 4959

The top of the first type of a concrete-timber cross
laminated plate (Figure 3i) is formed in the final shape
during their production, by either cutting grooves in the
final layer of lamellas or spacing them further apart and
using the necessary thickness of boards to ensure an
optimal shear force transfer. The second type (Figure 3ii)
connects the concrete layer with the timber ribs over
nailed plates and the third type (Figure 3iii) over a
standard reinforcement mesh that is pressed between two
lamellas that serve as a rib element in the plate’s structure.

3 NUMERICAL OPTIMISATION
MODELLING
Development of finite element models (FEM) of the
proposed hybrid Xlam plates and walls served to find out
the optimal values of the following variables: plate
geometry (layer thickness, number of layers), plate span,
rib geometry and spacing, effect of side-gluing of ribs,
material grades, etc. under different boundary conditions
(load, edge supports, etc.) in terms of ultimate limit state
(ULS) and serviceability limit state (SLS) requirements.
The optimisation process had a goal of achieving variable
combinations with the least material used while still being
within pre-defined realistic dimensions.

are 20-40 mm thick which is already standard with some
of the regular Xlam producers. Only three layer plates
have been chosen for further production development as
adding more layers to the plate does not have a high
enough beneficial effects. The three-layer setup still offers
all the benefits of regular Xlam (high in-plane stiffness,
robustness etc.) yet takes full advantage of the ribs.
In the following figure (Figure 5) a comparison of timber
consumption between regular and the new ribbed Xlam is
performed on a single span roof element (self-weight of
the plates + additional dead load of 1,0 kN/m2 and snow
load of 1,5 kN/m2, combined with factors 1.35 and 1.5
respectively for ULS and both with 1.0 for SLS). Only
stresses and displacements were taken into account,
whereas for the floor elements also vibrations would need
to be checked. The ribbed Xlam (XR-LAM) elements
labels present the plate thickness – rib lamella height – rib
spacing. Therefor XR-LAM 60-191-200 means a ribbed
plate with a 60 mm (20-20-20) thick 3-layer plate and 191
mm high ribs (part protruding from the plate) spaced at
200 mm centre-to-centre. In all cases the ribs are assumed
40 mm wide. It should be noted, however, that the rib
heights in this study do not absolutely comply with the
boundary conditions set in Figure 4. In some of the setups
in Figure 5 the rib lamellas should be over 200 mm high.
COMPARISON OF TIMBER CONSUMPTION

Timber consumption [m3/m]
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However apart from the geometrical and material
properties a very important factor is also the material
price. In that term the raw timber lamellas present the best
option for an efficient yet affordable composition. In
general, high and narrow lamellas turned out to be the
most efficient in terms of material use. The spacing
between the ribs was determined based on the possibilities
the new production press could have without being too
complex and hence too expensive to produce as well as
maintain. Therefor (Figure 4) a 100 to 500 mm spacing
was chosen with an additional 585 mm distance for
cladding sheet optimisation (i.e. hard insulation plates on
the façade). The desired rib thickness is 16-40 mm with
an option of 80 mm for a higher fire protection. The rib
height is bound by the timber lamella dimensions which
are in most cases up to 200 mm. Hence the rib portion
protruding outside of the plate can be up to 180 mm.
Individual layers of the massive part of the ribbed plate
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The aforementioned study shows that Xlam ribbed plates
could save 25-50 % of timber to achieve the same effect
with the optimum efficiency at a span of about 7.8 m.

4 SMALL SCALE RIB PUSHOUT TESTS
The key feature to achieve the full load bearing capacity
of ribbed Xlam plates is a high capacity glued connection
between (Figure 6) the massive part of the plate and the
ribs. In simple numerical models it theoretically makes no
difference if the rib is only glued to the plate with its
narrow side and no side gluing is used. However, the side
pressing and side gluing bring several benefits. They
enable the use of high and narrow lamellas which
provided the most efficient cross sections in the numerical
optimisation study. In addition, the rib-lamellas do not
have to be absolutely perfectly straight as the side pressure
straightens them. Although probably the most important
benefit comes in the form of robust production and later
also manipulation with the elements if the ribs are pressed
and glued in the structure from all sides. In order to
experimentally investigate the effect of side gluing, rib
and side lamella thickness as well as material properties
(sawn timber, oriented strand board – OSB) a series of rib
pushout tests was performed according to the shear
strength testing guidelines of standard EN 408:2010 [3].

high and 140 x 140 mm in cross section. The steel
clamping (Figure 9) was engineered to achieve a 14°
angle demanded by the standard. Pivot joints were
installed in the steel clamps. The ribs were protruding 1
cm out of the timber plates.
The testing was performed at the laboratory of the
Biotechnical faculty of the University of Ljubljana using
a 100 kN capacity Zwick Z100. Deformations or
displacements were not measured as they are not expected
to happen in the glued connection. Only the maximum
shear force in the connection was being recorded.

Figure 7: he matri o ri pushout specimens
oun ary con itions

ith i erent

Figure 8: ro uction o small-scale samples an

inal pro ucts

Figure 6: Normal an shear stresses in a cross section along a
ri at en ing the areas o ri gluing are highlighte

A matrix of boundary condition interactions is presented
in Figure 7. Namely 9 different setups were tested with 34 samples each. Ribs were made of 20 and 40 mm thick
massive timber lamellas (grade C24 according to EN
338:2003 [4]) as well as 12 mm thick OSB plates. Side
lamellas were made from 20 and 40 mm thick massive
timber lamellas (C24). The effect of side gluing was
studied.
The specimens were made with the help of carpentry
clamps (Figure 8) and a carpentry press. Altogether 29
specimens were made. The small T-sections were 300 m
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The theoretical characteristic shear force in different
specimens, calculated using the C24 [4] parallel to grain
shear strength ( = 4.0 N/mm2) in the glued joint and net
timber rib area would be the following (Table 1).
Table 1: Calculated characteristic and mean experimental
values

Specimen
S.1.1
S.1.2
S.1.3
S.2.1
S.2.2
S.2.3
S.3.1
S.3.2
S.3.3

Figure 9: Ri
con itions

,k

(timber)
[kN]
46.4
46.4
46.4
23.2
23.2
23.2
0.9
0.9
0.9

(glue)
[kN]
46.4
92.8
139.2
23.2
69.6
116
0.9
3.8
6.7
,k

pushout testing un er

e p,mean

[kN]
56
51
62
32
44
42
18
13
18

The average mean values of experiments were about 20%
higher than the characteristic values of net timber
resistance. The small scale experiments have hence not
directly shown (Figure 10) that side gluing is necessary,
however the production process of specimens showed the
necessity for side pressing and gluing that enables a more
robust and reliable production. A lesson that was later
transferred to the production process design.

ELEMENT PRODUCTION
A prototype press was assembled at the company Ledinek
d.o.o. in Slovenia. A segment of their standard X-press
system was modified to enable the production of new
ribbed plate specimens up to 1.5 x 4.0 m.

oun ary
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S.3.3.a
S.3.3.b
S.3.3.c

10

Specimen

Figure 10: Ri pushout test results

Figure 11: arge specimen pro uction
ummy elements an si e pressing

ertical pressing o er

The press is pneumatic, namely rubber airbags are
mechanically lowered into positions over the plate
specimens and inflated with air. Each tank can be inflated
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up to 15 bar. The actually used pressure was lower, it was
calculated individually for each specimen type to achieve
the 0.8 N/mm2 in the polyurethane glue lines. For gluing
Purbond HB 110 adhesive was used with the KLP’s
Profipur 3000 system installed to apply it.
The side pressing of specimens was also pneumatic over
airbags as demonstrated in the following figure (Figure
11). The vertical pressing was established with the help of
dummy elements to fill the voids between the ribs. The
dummies were planed to the exact height in order to
establish a flat pressing surface on top of the specimen.

reinforcement bars (6 mm) were pressed, the timber
boards were not splitting. The pressure perpendicular to
grain in this case, however, was approaching 6 N/mm2,
over double the characteristic value of C24 grade timber.
Small scale push-out tests will still be carried out though
as the proposed system could perhaps later be used with
either an adhesive with added filler (epoxy based) or a
stronger press could be used.

Figure 12: ne o the inal specimens

Over 40 floor and wall elements (Figure 12) were
produced. Some of them being comparison specimens
made from regular Xlam plates with ribs glued directly
onto them. Their performance will be analysed and
compared against the new ribbed elements from the
aspects of load-bearing performance and robustness.
The glue-lines (Figure 13) established during production
were kept below 0.2 mm according to the demands for
polyurethane adhesives.

Figure 13:
tolerances

lue lines thickness is kept

Figure 14: A tim er-concrete system ri
rein orcement mesh

ith a presse -in

ithin allo a le

Also timber-concrete elements were produced (for the
time being without the concrete layer), however the
specimen in Figure 3iii had to be cancelled. Namely the
pressing of a reinforcement mesh into timber demanded
too much force for the press available. Small scale
specimens proved to work well (Figure 14), timber
crushing and damage was kept very local. The steel

Figure 15: A tim er-concrete ase plate ith naile plates or
connecting the t o materials

The nailed plate specimens (Figure 15) on the other hand
proved to work well. The nailed plates were
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pneumatically pressed into the ribs and adapted dummy
elements were used to press the whole element together.
Nailed plate spacing was adjusted so more plates are
present and specimen ends where the shear transfer forces
are the highest.

LARGE SCALE BENDING AND
BUCKLING TESTS
An experimental test program at MPA Otto Graf institute
of prototype setups will be focused on in-plane bending
tests of ribbed timber slabs and vertical buckling tests of
hybrid Xlam wall elements. Out-of-plane 4-point bending
tests will be performed according to standard EN
408:2010 [3] (Figure 16).

Figure 16: he our point en ing test accor ing to

plates’ massive slabs will be measured by shear
deformation lag in the slab plane. Two lengths of each
geometry setup (Figure 17) are planned to provoke either
bending or shear failure in the elements. Vibration modes
will also be measured to enable later studies of vibration
which is often the governing criteria in floor design.
Vertical stressing of plates will be performed in order to
achieve a buckling failure of wall elements (3 m high and
1.25 m wide.

ADITIONAL ANALYSES
The research is also focused on the building physic,
architectural detailing and technical approval procedures
necessary for the elements to be overall technically
supported.
The main properties with regard to building physics of the
most promising conceptual designs for floor and wall
elements are being developed and analyzed. The
properties for building physics parameters of the system,
i.e. thermal insulation and storage capacity, humidity
transport, and noise insulation, are being identified by
explorative
testing.
These
investigations
are
complemented by further results of numerical
simulations.
Two different kind of simulations are being
accomplished. One regarding the impact of the heat
storage capacity of the surrounding constructions to the
operative temperatures of rooms, as well as to the heating
energy demand. Additionally, to this thermal dynamic
building simulation various construction based 2D
hygrothermal simulations are done to examine the
performance and durability of the construction also in
respect to the hygric behavior.
A conditioned space of simple geometry surrounded by
hybrid plates is compared to the same space bordered by
solid and lightweight constructions - with regard to
heating demand, as well as to summerly overheating
hours. The simulation model measures 8 by 8 meters and
3 meters in height using external dimensions (Figure 18)

Figure 18: Thermal dynamic building simulation model

Figure 17: he main geometries o large scale specimens
inten e or our-point en ing tests

The plates will be tested for bending with the ribs facing
down. Effective widths of the ribbed cross laminated

The room size is chosen referring to the possible span of
the hybrid plates floor, which is 8 meters. The walls are
exposed to external climate conditions, the floor and the
walls are modeled as adiabatic borders, which means that
the adjoining rooms below and above have same thermal
conditions like the investigated room itself. The windows

WCTE 2016 e-book | 4964

do not have any sunblinds, because if used, the summerly
overheating hours could be reduced to zero (especially
using the massive constructions) resulting in losing this
value for comparison of the different constructions. The
slabs are dimensioned to the corresponding span.

CONCLUSIONS
The optimised ribbed cross laminated timber elements are
the most effective if narrow and high rib elements are used
where up to 50% of timber can be saved compared to
conventional Xlam.
The side pressing of elements is crucial if a stable and
robust cross section is to be achieved with even the narrow
ribs being glued reliably in the structure. The simple one
sided gluing theoretically (and to a certain extent also
practically) offers enough shear strength to enable the
shear stress transfer, however the question of safe
manipulation with the elements remains open in this case.
The timber-concrete specimens with pressed in
reinforcement mesh turned out well for the smaller
segments of the mesh, however would demand a stronger
press to enable larger pieces to be pressed it. Also the
compression strength of timber perpendicular to grain is
very high when the mesh is fully pressed in.
Overall the numerical and experimental research
performed so far has shown that the elements under
development could have a competitive potential in the
future market.
ore in ormation a out the ongoing research is a aila le
on the e site
hcltp com here the results o
analyses an inal reports ill e ully pu lishe
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PERFORMANCE OF TIMBER-CONCRETE PORTABLE BRIDGE WITH
CIRCULAR HOLLOW SECTION CONNECTORS
Raitis Lacis1, Lilita Ozola2
ABSTRACT: This paper presents the research results of a timber-concrete composite portable bridge according to the
tests of full-scale structure. Portable timber-concrete bridges can be used for permanent or temporary locations in rural
areas such as forests, agricultural fields, mineral extraction pits, military objects and others. All structural elements of
the proposed bridge are prefabricated in factory conditions thus ensuring minimal construction related costs on site. The
minimal traffic load capacity of the bridge is derived from typical heavy duty transport units from forestry and mining
industries. The circular hollow section connectors filled with concrete are used as the connection between the timber
and concrete elements. Examination of structural performance of the bridge is based on a series of proof-load tests
conducted during different seasons of the year and service stages of the built prototype structure. Both static and
dynamic field measurements were collected and analysed in terms of the basic load effects such as deflection, beam
bending strains/stresses, transversal load distribution and a dynamic amplification factor. The efficiency of connectors
and composite action is evaluated by comparing the results from field measurements and the FEM modelling. The
results indicate suitability of the circular hollow connectors for timber-concrete elements.
KEYWORDS: Portable bridges, Timber-concrete superstructure, Circular hollow connectors, Proof-loading, Dynamic
amplification factor

1 INTRODUCTION 123
The typical timber-concrete bridge systems are mostly
used utilizing two principal structural schemes as shown
in Figure 1, i.e., beam-plate or block-plate systems [1].
However, other schemes composed of frame and arch
systems are also successfully implemented using timberconcrete composite elements [2].

Figure 1: Beam-plate system (left) and block-plate system
(right)

Portable bridges are usually constructed of either plain
steel or plain timber materials [3, 4]. Steel bridges tend
to be corrosion sensitive and frequent renewal of the
protective coating may be required. On the other hand
the performance of plain timber material is highly
dependent on moisture levels [5, 6]. Moreover, the risk
of strength loss due to the development of fungi and rot
1 Raitis Lacis, Latvia University of Agriculture,
raitis.lacis@inzenierbuve.lv
2
Lilita Ozola, Latvia University of Agriculture,
Lilita.Ozola@llu.lv

may be present [7, 8]. The main goal of this study is to
acknowledge the structural potential of the timberconcrete concept of the vehicular bridge design and
construction as an alternative for the steel or plain timber
solutions mentioned above. The subject of this article is
an experimental full-scale portable timber-concrete
bridge designed and constructed for testing in real
environmental and traffic load conditions. The
superstructure of the bridge is made following the beamplate system and interaction of the principal structural
components ensured by the circular hollow section
(CHS) connectors with a concrete in-fill.
The particular bridge is intended and designed for
frequent relocation with wood harvesting operations in
mind. The modular character of the system allows oneday reinstallation of the bridge in a different harvest spot
once the work has been finished. Such a bridge can also
be effectively used for detour needs in cases where the
main bridge is under construction or renovation.
For testing purposes this bridge prototype has been
installed in a sand quarry where intensive traffic of
heavy duty vehicles was available for daily exploitation
of the bridge. The testing programme included static and
dynamic proof-loading sets, during which vertical
deflections and strains of the timber outer fibres were
measured and analysed.
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2 OVERVIEW OF TIMBER-CONCRETE
COMPOSITE ELEMENTS
Concrete is usually characterised by its robustness and
durability. It is also considered to be an economical
construction material, however, for large section
elements an increase in self-weight can be an issue.
Wood on the other hand is a very lightweight material
compared to concrete and it also has great bending
characteristics. If properly balanced, timber-concrete
sections can employ the best characteristics of these two
materials. For instance, the composite application of a
concrete deck on the top of timber elements provides not
only external mechanical protection from excessive
moisture, but also facilitates load distribution
longitudinally and transversely. Another pressing
argument for wider usage of timber during the last two
decades has often been related to increased sustainability
and ecological awareness in construction. Rodrigues et
al. [9], for example, found that from an environmental
life-cycle analysis point of view timber-concrete
composite beams have a much better performance in a
similar design situation compared to the T-type
reinforced concrete beams.

and concrete parts is perfectly stiff both materials create
a uniform section, otherwise slip develops creating larger
bending deformations. Somewhere between two
marginal cases of a 100% rigid and absolutely loose
connection between timber and concrete parts there is a
realistic scenario of a semi-rigid connection. This
problem has been discussed in a number of publications
devoted to timber-concrete related studies, some works
are referenced here [10, 11]. Most of the research works
carried out have been aimed at the principles of
connection systems and the determination of their
parameters. The characteristics of the CHS connectors
adopted for the current bridge design are drawn from
previous studies of the author [12].

3 STRUCTURAL CHARACTERISTICS
OF THE EXPERIMENTAL BRIDGE
The entire set of experimental timber-concrete bridge
consists of eight elements: the main span modules (two
units– 5.1 t each), abutment elements (two units – 3.9 t
each) and approach plates (four units – 1.1 t each).
The main geometrical characteristics of the test bridge
are depicted in Figure 2. The nominal span length of the

a

b

c

Figure 2: Experimental bridge: a- longitudinal section, b- cross section, c- bridge under test load

In order to achieve a truly composite action from the
section, an engineer has to choose the proper mechanical
connection system, which ensures force transfer between
timber and concrete. If the connection between timber

experimental bridge is 6 m; total length of the span
element is 6.64 m. One of the main reasons why 6m was
chosen is due to the fact that more than 70% of rural and
forest bridges in Latvia traditionally have a similar span

WCTE 2016 e-book | 4967

length. These bridges are heritage of the Soviet era,
when use of standardised prefabricated elements was the
most common practice in bridge construction.
Considering that majority of these bridges now are in
declining technical condition, some innovative solutions
have been requested from property owners for
reconstruction projects.
Structural glued laminated timber is used for the
main beams - cross section 400×200 mm; strength class
according to Eurocode is GL24h. A reinforced concrete
deck has been made of class C40/50 material; other
concrete elements (approaching plates, abutments) of
C30/37. Spacing of the CHS is uniform across the whole
timber frame, i.e. 400 mm.
In order to eliminate water accumulation on the
carriageway, the concrete deck of the carriageway is
shaped with a two way gradient (2.5 %) and six drain
pipes (ø50 mm). To ensure permanent positioning of the
superstructure - adjustable turnbuckles anchored in the
abutments are used.

4 CIRCULAR HOLLOW SECTION
CONNECTORS
A decisive factor for any timber-concrete structure is the
connection system used for transferring of shear action
between the two materials. CHS connectors for the test
bridge are of S235 class steel, diameter 60 mm, wall
thickness 2 mm. During the deck casting process all
hollow section connectors are filled with wet concrete,
see Figure 3 and Figure 4. Hardened concrete prevents

The bridge design process requires detailed knowledge
of the connector’s mechanical properties such as
ultimate strength in shear, elasticity and plasticity

Waterproofing
membrane
Shear
connectors

Figure 4: Layout of the connectors before the deck casting
process

characteristics etc. In this case the behaviour of the
connector is affected by the mechanical interaction of
three materials (wood, concrete and steel). Modelling of
such a system in a local scale requires considerable
computational effort using advanced applications of a
finite element method. Perhaps a simpler and more
reliable way of extracting the necessary knowledge is
physical testing. The main characteristics defined by
European standard EN 26891 [13] for the description of
mechanical effectiveness of a connector is an ultimate
load Fmax and slip modulus K. The latter has different
values for calculations of bearing capacity in the ultimate
limit state (Ku) and the one for serviceability applications
(Kser). A typical slip-force response curve of the CHS
connectors tested for this bridge project is presented in
Fmax

F, kN

90
80

Experimental curve of
the shear connector

70
60

the steel section from local buckling while dealing with
horizontal shear forces induced by the vertical vehicular
and self-weight loads. Steel on the other hand partly
compensates for the effects of creep and shrinkage of the
concrete, thus ensuring functional integrity of the
connection avoiding slip development as well.

Ku at
0.6Fmax

50

0.6Fmax

Kser at
0.4Fmax

40

0.4Fmax

30
20

kN

Figure 3: Connection geometry and section details
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Figure 5: Mechanical and design characteristics of the CHS
connector
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Static tests 4, 5 and 6
(rear axle block)

5

4

3

2
Static tests 1, 2 and
3 (front axle)

Performance evaluation of the prototype bridge was
conducted for a period of 3/4 of the year 2015, covering
all the typical seasons including winter, spring and
summer. For each season a separate static and dynamic
proof-loading session was carried out using a heavy
vehicle truck (30-32 t). Six static loading schemes were
used each time – three with the front wheels of the truck
and three with the back wheels. The weight of the test
truck and axle loads was measured and typically did not
exceed 25 t for the back axle block and 8t for the front
axle. Structural response to the dynamic impulse was
examined using the same vehicle as for the static tests.
During the passages over the bridge the tensile strains at
outermost fibres of timber beams were recorded for a
direct comparison between the same load source in static
and dynamic regime. Dynamic behaviour was
documented for both driving directions. Tests also
included conditions with clean carriageway and
obstructed carriageway (obstacle of 5×5cm positioned
transversely over the deck). Speed of travel were
maintained within a range of 15-25 km/h; trajectory of
the travel was kept close to the centre line of the bridge
in order to simulate most likely everyday driving pattern.
Data of static bending strains and deflections were
collected for each of the beam in symmetric and
asymmetric loading conditions. Bending stresses were
derived from tensile strain measurements in the outer
fibres of timber beams using Hooke’s law. Applied
modulus of elasticity for glulam class GL24h is taken
according to EN 14080:2013, i.e., E0,g,mean=11500
N/mm2 [15]. 50 mm uni-direction strain gauges were
used together with HBM Spider8 system for signal
amplification. Deflection measurements were carried out
with mechanical deflectometers (type Максимов ПМ-3 accuracy 0.1 mm) and optical system Noptel PSM200
(accuracy 0.01 mm, frequency for dynamic
measurements 30 Hz).
In between the proof-loading sessions the structure was
continuously exploited by similar heavy duty vehicles. In
total more than 1500 passages over the bridge were
counted by the motion sensitive camera installed on the
site for monitoring purposes.

Typical envelope of beam stresses recorded for one of
the three static loading sessions is shown in Fig. 6. Each
of the coloured curves represent stresses of a particular
beam in a different static scheme. The graph includes
test results of symmetric and asymmetric loading with
both sets of wheels. During the whole test period the
front axle loading resulted in beam bending stresses from
0.4 MPa up to 1.6 MPa and rear axle block load effect is
1.8 MPa up to 4.7 MPa, which is substantially lower
than characteristic material strength of GL24, i.e., fm,g,k =
24 MPa. Each loading scheme was held for at least five
minutes in order to take into account short term creep
effect of the load. Simultaneously corresponding beam
deflection measurements were taken in the middle part
of each timber beam. Experimentally obtained stressdeflection data sets for each beam and for all of the three
proof-loading sessions are shown in Figure 7. These
include maximum values for all test configurations, i.e.,
asymmetric/symmetric tests and front axle/rear axle
tests.

Calculated beam stresses, MPa

5 METHODS OF FIELD TESTING

6 RESULTS OF PROOF LOAD TESTS

1

0

0

100

200

300

400

500

600

700

Loading time, s
Figure 6: Static tests. Envelope of bending stresses of all six
beams within the proof-loading session (stresses derived from
strain measurements)

Beam bending stress, MPa

Figure 5. According to the test results the ultimate load
or bearing capacity of connector (Fmax) and both
modulus Ku and Kser are characterised by values:
Fmax= 84 kN; Ku=27.5 kN/mm and Kser=26.2 kN/mm.
Higher values of the stiffness modulus K facilitate global
stiffness of the whole timber-concrete system, but
unfortunately they also often tend to fail in a brittle
manner. A comprehensive study of brittle vs. ductile
failure modes of different connection systems is given by
Monteiro et al. [14], where most of the notched, glued
and steel mesh connections are characterised as
predominantly brittle. In structural design these have to
be carefully used due to the possible predominance of
the ultimate limit states over the serviceability limits.

5
4.5
4
3.5
3
2.5
2
1.5
1
0.5
0

y = 0.8474x - 0.0204
R² = 0.914
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2

3

4

Midspan deflection, mm

5

6

Figure 7: Relationship between deflection of beams and
calculated bending stresses (maximum values for each beam in
every static test configuration)

WCTE 2016 e-book | 4969

Experimentally obtained deflection and stress values
closely follow the values from the Finite Element
Method (FEM) model assembled for the control and
design of portable bridge. FEM model consists of solid
elements (glulam beams), plate elements (concrete deck)
and discrete beam elements with an appropriate stiffness
for the connections, see Figure 8.
In order to quantify the degree of composite action and

A good linear relationship is established between these
two variables - corresponding regression coefficient is
R2=0.91, which can be viewed as an indicator of service
loads lying within the elastic stress range.
Under asymmetric loading highest deflection
documented was 5.3 mm. In terms of serviceability that
corresponds to a 1/1132 part of the nominal span length,

Figure 8: Basic FEM model. Output of beam stresses (half of the bridge depicted)
which is almost three times less than the EN 1995-2 [16]
suggested value of 1/400 to1/500. In symmetric load
conditions maximum deflection of individual beams
were 2.7 ÷ 3.90 mm (1/2182 ÷ 1/1538 of span length).

corresponding efficiency of the CHS connectors, two
other models were derived from the basic FEM model.
These were aimed to simulate 100% composite section
and 0% or non-composite timber-concrete section. All

Table 1: Summary of load effects and connection effectiveness
Load effects
Fully composite section
(FEM model)

Non- composite section
(FEM model)

CHS connectors (FEM
model)

CHS connectors (field
measurements)

Deflection,
mm

Bending
stress,
MPa

Deflection,
mm

Bending
stress,
MPa

Deflection,
mm

Bending
stress,
MPa

Deflection,
mm

Bending
stress,
MPa

3.18

2.78

5.23

7.73

3.55

3.48

3.44

2.88

100.0

-

0.0

-

81.8

-

87.2

-

-

100.0

-

0.0

-

85.9

-

98.1

Effectiveness region
– Stress criterion

Beam bending stress, MPa

8
7
6
5
4

0% effectiveness

Effectiveness
by deflection
criterion
Effectiveness
by
bending
stress criterion

3

100% effectiveness

2

Effectiveness region –
Deflection criterion

1
0

0

1

2

Fully composite (FEM model)
CHS connectors (FEM model)

3

Deflection, mm

4

5

Non-composite (FEM model)
CHS connectors (field measurements)

Figure 9: Effectiveness of connection system by FEM modelling and field measurements
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three models were loaded with a similar load
configuration as in the field tests. Consequent load
effects and representative connection effectiveness in
each modelling situation are summarised in Table 1 and
corresponding graphic representation is given in Figure
9. The relative effectiveness of connection system here is
expressed and interpreted geometrically as a ratio of
particular load effect, which is located between 0% and
100% efficiency limits. In this case CHS connectors in
FEM model display 82% effectiveness by the deflection
criterion and 86% by the bending stress criterion. The
results from field measurements are even closer to fully
composite effects - respective deflection and bending
stress efficiency values are 87% and 98% compared to
values of fully composite and non-composite FEM
model.
The particular FEM model was also used for
determination of maximum shear force per connector.
For the given live load configuration it did not exceed 18
kN. This value is approximately 21% of connector’s
ultimate capacity Fmax and according to the more detailed
calculations defined in Eurocode EN 1995-2 [15] it is
conservative enough to ensure endurance in fatigue for
life time more than 50 years.

7 RESULTS OF TRANSVERSE LOAD
TESTS
Two separate span units of the bridge are not
transversely interconnected. For permanent bridges this
normally would not be an option, but for portable bridge
system where simplicity and time of assembly is of
importance particular technical solution may be well
justified. In order to ensure safety and stability of the
structure it has been tested to the most unfavourable
asymmetric loading (see example in Figure 10).
Test results of the transverse loading obtained during the
three proof-loading sessions with rear axle block in the
span are presented in Figure 11. The data of this graph
are derived from the bending stress values of all static
experiments within these sessions.
Under normal conditions when the vehicle is located at
the centre of the bridge (test #4), 14 up to 18 percent of
total load is transferred to each beam. In asymmetric

tests (#5 and #6) a spread of load share is increased from
10 up to 25 percent. Regardless of the vehicle’s position
the load sharing of central beams of each module (beams
#2, #4) is fairly constant, i.e. 15.9% up to 17.2%, so
redistribution of the live load is realised mainly among
the edge beams. Graphs in Figure 11 also draw attention
to the fact that modules of the superstructure are not
equally balanced. Perhaps due to the height variations of
the bearing pads, beams #1, #2 and #3 (left module in
Figure 10 and left part of Figure 11) even in a symmetric
loading do not share similar amount of load contrary to
the right module (beams #4, #5 and #6). A particular
effect is even further amplified in asymmetric tests,
however, no uplifting of the structure at any point has
been observed. This implies that transversal stiffness of
the bridge is at an appropriate functional level where
timber beams, concrete deck and connectors are working
as a unified composite element.

8 RESULTS OF DYNAMIC TESTING
OF THE BRIDGE
The purpose of the dynamic testing is to examine load
effects of the moving load in comparison to the
structural response of the static load. The difference of
both is expressed by the dynamic amplification factor or
DAF [17]. Typical load effects used for the evaluation of
the dynamic behaviour are deflections and as in this
study, bending stresses at a critical section:
Load Effectdynamic σ dynamic
.
=
Load Effect static
σ static

DAF =

(1)

Figure 12 depicts typical record of stresses for all six
beams in the time domain from which maximum values
for each of the beam have been extracted.
Generally dynamic load effect is a random variable
affected by many other variables such as roughness and
slope of approaches, direction of passage, travelling
speed, suspension stiffness of the vehicle etc. Variation
of dynamic amplification factor calculated for all six
beams in two categories of the carriageway is illustrated
by histograms in Figure 13. Both data sets include
similar proportion of travelling direction, i.e. 50% of

26
Asymmetric
loading
Test #6

24

Percentage of load share, %

22
20
18

Symmetric
loading
Test #4

16
14
12

Asymmetric
loading
Test #5

10
8
6
4
2

Figure 10: Asymmetric loading position (test #6)
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Spring, test #4

Spring, test #5

Spring, test #6

Winter, test #4

Winter, test #5

Winter, test #6

Beam #2

Beam #3

Beam #4

Beam #5

Beam #6

Figure 11: Static tests. Proportion of live load sharing between the beams
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tests in Direction #1 and 50% in Direction #2.
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3
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Beam #1
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Figure 12: Beam bending stresses of one vehicle passage
during dynamic testing
Clean carriageway
n=96, ͞x=1.08 and CV=0.11

35
30

Absolute frequency

Absolute frequency

40

Obstacle 5×5cm

25

n=48, ͞x =1.18 and CV=0.08

20

differences in mean values of both sets. An obstacle on
the surface can shift the most likely value of DAF from
1.1 to 1.2, which gives an increase of stresses from 10 %
to 20 % comparing with the similar static load effect.
Dynamic behaviour of the portable bridge was also
studied in regard to the travelling direction of the
vehicle. Differences in dynamic performance were
expected (Figure 15) considering the fact that surface
just next to the abutment of the Direction #1 had a
distinctive spot of unevenness with a depth of 5 cm, see
Figure 14.
Given the data physical and statistical character (only
non-negative values and positive skewness) lognormal
distribution of the DAF can be rationally assumed for
categories “Clean carriageway”, “Direction #1” and
“Direction #2”. DAF variable “Obstacle 5×5 cm” is
symmetrically distributed (Skew= -0.08), therefore
normal distribution is applied.
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Figure 13: Distribution of dynamic amplification factor by the
carriageway conditions
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Figure 14: Approach conditions onwards the bridge (Direction
#1)

Figure 15: Distribution of dynamic amplification factor by the
travelling direction

Table 2 summarises 50 and 95 percentiles of these four
variables, which were calculated according to the
assigned statistical distributions.
Comparable values to those obtained in this study are
documented by Franklin et al. [18]. The most
distinguishable difference, however, lies in the test
subjects themselves, i.e., authors collected data for plain
timber portable bridges contrary to this study of
composite timber-concrete structure. Also it is
interesting to note that none of the calculated 95percentile DAF values are greater than the partial factor
γq = 1.5 defined in EN 1990 [19] for variable actions,
which also accounts for dynamic uncertainties of the
load.

Data suggest that there are statistically significant
Table 2: Statistical parameters of dynamic amplification factor
Clean carriageway
(both directions)

Obstacle 5×5cm
(both directions)

Direction #1
(clean carriageway)

Direction #2
(clean carriageway)

Statistical distribution
and parameters

LN (0.072; 0.111)

N (1.178; 0.092)

LN (0.056; 0.182)

LN (0.087; 0.311)

DAF50%

1.07

1.18

1.06

1.09

DAF95%

1.29

1.33

1.20

1.36
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9 DISCUSSION
Research invested in the design and testing of the bridge
prototype helped to acknowledge the potential and
limitations of the timber-concrete composite systems and
CHS connections in general. The proposed portable
bridge system can be expanded for usage with spans of
up to 12-25 m. Conducting a rough structural analysis
using similar FEM modelling principles indicates that
even when applying a full range of Eurocode’s vehicular
loading, timber-concrete composite system with CHS
connectors is able to fulfil formal limit states. Obviously,
the size of the glulam beams with such span lengths have
to be considerably increased and can reach a height of up
to 1.5 m. As the structural element size is increased, the
system’s flexibility in terms of prefabrication is
decreased mainly due to the self-weight of the
superstructure. Perhaps more appropriate construction
scenario in the case of over the 15 m span would be that
the main girders are used as a falsework for the
construction of the concrete deck on site and not in a
factory. However, incorporation of the main beams in
the formwork is already a valuable advantage especially
in construction conditions, where typical falsework is
obstructing traffic or in the case of very high piers.
Good agreement between deflection values obtained
from FEM model analysis in comparison to those
measured in the field tests (difference 3%) is
documented. Bending stresses from FEM model in a
conservative manner overestimate respective field results
by 21%. Possible differences are likely to be caused by
variations of timber elasticity and strain to stress
measurement/conversion uncertainties during the
loading.
Considerable spread of dynamic influence has been
documented across the elements of bridge superstructure
depending on the quality of surface on and off the
bridge. The effect of an obstacle on the bridge surface
creates an almost similar dynamic effect as an uneven
approach surface (DAF95% =1.33÷1.36). Interpreting
these values for design purposes in a conservative way
would require to increase static load by approximately
40%. However, the amplification factors were calculated
from the peak of instantaneous dynamic effects, which
can be effectively controlled by other technical
measurements, for instance, ensuring evenness of the
road approaches and avoiding profile changes before and
after the bridge crossing.
Despite the fact, that performance of the portable bridge
in focus has satisfied both serviceability and ultimate
limit state conditions for the given vehicular load, a
number of improvements can be achieved by providing a
simple transversal fixing system between the modules of
the superstructure. This would enhance load distribution
and stabilisation of dynamic amplification among the
beam elements.
Efficiency measurement method used in this study
demonstrated that CHS connectors provide 87%
effectiveness of a fully composite section by the
deflection criterion. This parameter may be even further
improved by reducing the distance between the

connectors, however, reduction of timber shear capacity
along the shear path then has to be separately studied.
Although the bridge prototype has been already exposed
to more than 1500 heavy vehicle load cycles and shear
force per connector has been kept relatively low, more
detailed efforts have to be made in regard to fatigue and
long term performance of CHS connection systems.
The ultimate goal of the future research activities would
be the development of continuous multi span timberconcrete road bridges. In order to do that, first of all, it
would be required to understand the capacity of a typical
glulam factory in terms of geometry and section sizes
they are able to produce. Secondly, vertical fixing
between timber and concrete materials has to be
provided to be able to resist separating force effects
induced by the negative bending moment. One possible
way to achieve an appropriate vertical fixing of the
connectors is the provision of an additional screw in the
centre of circular hollow section, which is anchored both
in the timber element and in a concrete.

10 CONCLUSIONS
From the performance evaluation of the experimental
bridge the following conclusions are drawn:
1.
Timber-concrete composite structural solutions
offer a range of advantages in comparison with other
traditional construction materials. Lightweight structural
elements, high degree of prefabrication and the usage of
local renewable materials are only some of them.
2.
Timber-concrete elements with CHS connectors
have all the necessary structural prerequisites for the
usage in superstructures with spans larger than tested in
this study. Both the field tests and FEM modelling have
agreeably demonstrated suitability for intensive heavy
vehicle loads in terms of relatively low deflections and
bending stresses of the timber. The efficiency measured
in this study comparing with the fully composite system
is 87%.
3.
Good agreement between FEM model load
effects and field measurements has been established.
Performance parameters physically validated are
deflections and beam bending stresses derived from
strain measurements of timber outer fibres.
4.
Concrete deck not only provides mechanical
protection from moisture ingress, but also effectively
takes part in load redistribution in longitudinal and
transverse directions. Further improvement of transverse
load distribution can be achieved by providing additional
fixing between the two span modules of the portable
bridge.
5.
High correlation between bending stresses
obtained from strain measurements and midspan
deflections has been found. A corresponding regression
coefficient for a linear relationship is R2 =0.91.
Structural response, therefore, is kept within linearelastic region. This statement is supported by a full
recovery of the deformed shape after each of the proofloading tests.
6.
Considerable
spread
of
the
dynamic
amplification has been experienced under particular test
conditions. Then main parameters influencing dynamic
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performance within this study are the evenness of the
carriageway and structural element at which the
measurement is taken.
Appropriate
statistical
distributions to describe these variations are lognormal
or normal functions.
7.
Mechanical simplicity achieved within the
particular bridge design positively affects time resources
necessary for the assembly and construction of the
bridge system. These aspects make the particular system
attractive in situations where frequent relocation of the
bridge is required such as the detour organisation for
temporary road works or forest harvesting activities.
8.
No degrading changes in structural elements or
loosening of joints have been observed during the test
period of the bridge, which accounted for more than
1500 heavy vehicle passages and variety of seasonal
conditions (winter, spring and summer).
9.
Careful balancing of bridge bearing pads have
to be ensured in order to achieve optimal transversal
distribution of the vehicular loads.
10.
Results obtained within this study serve as a
good knowledge platform for the development of more
advanced and load demanding composite bridge
structures.
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CALCULATIVE COST AND PROCESS ANALYSIS OF TIMBER
CONCRETE COMPOSITE CEILINGS WITH FOCUS ON EFFORT AND
PERFORMANCE VALUES FOR COST CALCULATIONS OF MULTI
STOREY TIMBER BUILDINGS
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ABSTRACT: Composite structures use the advantages of two materials – timber and concrete – and improve the
efficiency of a material application. Especially the concept of timber-concrete-composite ceilings has synergetic effects
to achieve an effective ratio of thickness to span with high cost effectiveness simultaneously. Following the systematic
analysis of operation procedures, a research project was carried out on site to gain accurate data on effort and performance
values for future cost calculations. Because of the high level of prefabrication of timber structures labour costs are the
leading influencing parameters. The methodology in accordance with the technique of REFA and the specific
circumstances of the timber installation process were implemented into the analysis to generate an appropriate system for
the examination of these new building systems. To create a feasible and applicable database of values, performance factors
and activity values have been examined on site, interpreted and edited for future cost calculation.
KEYWORDS: CLT timber building system, timber-concrete-composite ceilings (TCC), construction management,
operation procedures, effort and performance values, cost calculation

1 INTRODUCTION
Modern timber construction systems are distinguished by
a larger scale and significantly more complexity in
comparison to the traditional work of carpenters known
over centuries. Recently developed timber products,
connection components and buildings systems as well as
their application on general construction sites and within
the postulation of an extensive prefabrication process of
multi-storey timber buildings demand a high grade of
standardisation and unmistakeable unification. Therefore,
the processes of an agile trade require further analysis to
ensure confidence and settlement within the building
market over the next years. Although cross laminated
timber (CLT) has experienced great success as an
alternative building material also in conjunction with
concrete composite applications this building system has
hardly been examined to date, regarding most economic
aspects and building management in general. The
presented survey allows a cost calculation especially for
prefabricated timber-concrete-composite-ceilings (TCCceiling) with substantial effort and performance values as
1
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input parameters with high reliability for timber
construction companies to optimise the financial aspects
in order to originate an appropriate building system.

Figure 1: ypical CC-element in the in estigate o ject

By implementing TCC-ceilings in timber buildings the
advantages of structural solid timber panels and concrete
slabs offer a comprehensive use in construction by
achieving the synergetic effects of these materials.
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2 ANALYSIS OF CONSTRUCTION
SYSTEM AND SE UENCES OF TCC
CEILINGS
The operation processes during the construction of a
timber structure include complex procedures and coherent
sequences, which need to be identified to achieve
financial success. These processes contain an intensive
planning phase with a high level of detail in an early
planning stage [2].
The absence of verified data and specific literature on cost
calculations of timber-concrete-composite applications
lead to current evaluations based on in-house knowledge
of timber companies resp. main contractors without cross
company references and profound evidence [3]. In fact,
the impact of differentiating circumstances regarding
technical behaviour, production systems and site
conditions cannot be considered adequately at the
moment. Thus thorough data acquisition on labour costs
and machinery expenses on site is of further interest in
order to obtain the required input parameters and primary
data for suitable cost calculations. Because of the high
level of prefabrication possible within the timber
construction industry and especially in conjunction with
timber-concrete applications in which material costs arise
mainly during the factory process, the labour costs are the
leading influence parameters in an accurate cost
calculation.

venture with respectively 50% share to prospectively
accelerate the market cultivation of their newly developed
factory-prefabricated timber-concrete-composite ceiling
elements with the product name XC®. This stands for Xlam / concrete; the combination of CLT and concrete in a
hybrid ceiling system. This recent development of a new
product as well as lack of accessible, comparable
references on the issue of timber-concrete composite
ceilings calls for such a study to be done. The elements
are composed of cross laminated timber (CLT) with a
factory-incorporated reinforcement layer and grout
topping depending on the static requirements. The fact
that the XC-elements have a high level of prefabrication
by using CLT in combination with simple notches resp.
birth mouths concreted at the factory postulates an
adjustment of the distribution of major activities from site
to serial production by accompanying operations in order
to generate a feasible and applicable data base of values.

2.1 INTIAL SITUATION AND PRINCIPLES
For the construction of a building the contractor has the
choice of different construction methods that lead to the
same construction outcome, provided that no other
method has been predefined by the client. Nevertheless,
the methods differ from a technical, economical and
organizational point of view [4]. Thus, this research seeks
to compare two TCC-ceiling systems with different levels
of prefabrication to clarify their potential, to clearly
identify the differences and to provide an extensive basis
for possible future use. The construction methods of a
specific TCC-ceiling using in-situ concrete and
alternatively the prefabricated variant were compared in
order to determine the effective incurred costs caused by
both methods [5]. After considering the determined
production costs and numerous other monetary factors
that are difficult to assess during the process, as well as
the given situation on the construction site and the internal
and external conditions one method has come out as the
more economical. Over the course of research, the TCCceiling made from in-situ concrete and the TCC-ceiling
made from prefabricated components were compared to
each other. The actual costs incurred were chosen as the
key criterion.
2.2 RESEARCH OBJECTIVES
This research project gives an overview of the results of a
study of a specific building project in Vienna, Austria.
The Kirchdorfer Fertigteilholding GmbH (Kirchdorfer)
based in Wöllersdorf in the state of Lower Austria and
Mayr-Melnhof Holz Holding AG (MM) based in Leoben
in the state of Styria have formed MMK as a mutual joint

Figure 2: ection o typical C-element in the in estigate
o ject in ienna

Within the analysis performance factors and activity
values have been examined in detail, interpreted and
edited for future cost calculations of prefabricated CLT
based on timber-concrete-composite ceiling elements and
the required assembly works on site.
An overall calculative cost and process comparison
between two building systems allows fundamental output
and quintessence for future application. This shows that
not only the time for installation is significantly shortened
by up to 20 % but also the amount of construction workers
involved is lowered by almost 50 % as less trades are
involved on site. As the level of prefabrication forms the
main constraint in this building system, the number of
transports required to site is significantly lower than with
all comparable conventional building systems.
Consequently, this leads directly to a higher quality
performance of the installed elements. Encompassing all
influencing factors and assuming appropriate site
conditions these factors incorporate outstanding savings
by using the recently developed timber-concretecomposite ceiling elements.

WCTE 2016 e-book | 4976

2.3 COMPARATIVE OBSERVATION – SYSTEM
COMPARISON
With the help of the analysis of a specific building project
in Vienna, which was used as a basis in this investigation,
specific and practice-oriented key figures for the
production of TCC-ceilings were defined. This specific
project used in-situ concrete TCC-ceilings as well as precast ceilings in the form of XC-elements. The calculations
of the input data, the so-called effort and performance
values, for future projects were determined using the
general scientifically accepted REFA-classification [8].
This is done to acquire certified input data for the
calculation of similar ceiling systems. Furthermore, a
calculative system comparison of both ceiling systems in
connection with building time, the involved workforce
and their productivity on the construction site was created
[6]. The system comparison contained the amount of
transports to the construction site, the final cost of
producing both variants and possible interruptions and
delays as well. In future a comparison of costs of both
systems with varying levels of prefabrication will indicate
the possibilities as well as potential savings in an
optimised building process always referring to the
analysed building project [6]. Apart from that the chances
of reducing accruing and expected costs in future will
convey. Due to the elimination of reinforcement and
concreting works using the XC-prefabricated component
will result in a substantial decrease in construction time
needed for the construction of the ceiling. The reduction
incurring and expected costs as well as the construction
time are substantial arguments for the adoption of such
elements. Hence, the XC-element offers an economic and
competitive ceiling solution that contributes to
entrenching timber as a building material in the hybrid
construction industry market again.

3 DATA COLLECTION ON SITE
Following the systematic analysis of operation procedures
and work flow analyses of general construction works, a
widespread research project was carried out in 2015 for a
typical multi-storey timber housing complex. This was
done to gain accurate data on effort and performance
values for future cost calculations of similar installation
works. The examined timber building was realised in
2015 in a suburban typical living district in Vienna, the
capital of Austria.

Figure 3: rchitectural image o the in estigate o ject in
ienna, aulasgasse

The monitoring process took place during the main
construction phase on 8 days in total lasting from Mai
until July 2015. The observation on site was carried out
by one observer [1].
3.1 PRINCIPLES OF INVESTIGATED PROJECT
Within the building complex 4 apartment blocks were
realised next to each other. All 4 buildings consisted of
three levels with an additional loft level on top of the
buildings. All 4 buildings were completely made out of
timber with timber frame elements for the walls and solid
timber elements for the ceilings. The staircases as well as
the underground car park was done in concrete.
The investigated object provides three levels of timber
ceilings above ground. In 3 out of the 4 buildings,
particularly in block 2, 3 and 4, the ceilings were made
with CLT and in-situ casted concrete. In block 1 the
option of a XC-element was used. Within this research
only specific ceiling elements were investigated into
depth. The layout of the building as well as the
investigated areas are shown in figure 3.

Figure 4: et out plan ith areas or comparison in the
in estigate o ject in ienna, aulasgasse

The connections between the ceiling elements and the
ceiling and wall elements -- all timber to timber
connections -- could be achieved with standardised
special accredited timber screws. Within the investigated
areas 870 m² of CLT with approx. 6,600 special timber
screws and 5,500 special perforated nails guarantee
stability.

Figure 5: ist o materials use in the in estigate o ject in
ienna
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3.2 AIM AND METHODOLOGY
The collection of appropriate data for future cost
calculations as well as arguments for this system in the
decision phase for architects and clients is a necessity
before a new product can be placed on the market. The
adapted methodology used for this analysis follows the
technique according to REFA [8, 9] which is widely used
for conventional building systems such as brick and
concrete. Specific circumstances and characteristics of the
timber installation process referring to the unique
particular characteristics were implemented consequently
into the analysis to generate an appropriate system for the
examination of this new building system.
Therefore a system was implemented, which had already
been used on similar timber projects, using the evaluation
methodology to create effort and performance values
using an adapted methodology of REFA which was
reapplied in the investigation of this object [8, 10]. This
included data worksheets as hardcopy issues for manual
data collection on site. Before the construction started on
site these recording sheets listed both building systems in
detail by differentiating between the expected operating
processes and the daily construction progress, separated
for each worker on site on each day [9, 10]. By using this
methodology it can be assured that suitable effort and
performance values are generated through the analysis of
all influencing factors by including all site parameters that
accompany the works on site.

values for future calculations. The aim was to gain
realistic insight on actual effort and performance values
following the executed work in a timber building [1].
4.1 ANALYSIS OF THE STUDY
The analysis of the progress on site followed two major
courses: the evaluation on the first level included the time
types required for work. The evaluation on the second
level assesses the work following the activities carried out
and the interruptions that occurred on site [1]. When using
the first level within an application the analysis
differentiated into the types of times and splits them into
basic time, additional time and recreation time. These
three types can also be combined into a proportion of the
total time. Times which were not identifiable for the
observer are not included in these percentages.

3.3 DATA RECORDING
Following the methodology of REFA, especially the
multi-moment-recording-system with a five-minute
observation interval formed the data survey for this
building. Thus the acquisition on each day with eight
working hours results in 102 control samples per worker.
Therefore 510 records per day resp. 2.550 values during
the installation were generated for the working crew
consisting of five workers incl. foreman [1].

4 EVALUATION OF COLLECTED
DATA
In the analysed building two TCC-ceiling systems were
inspected. One was made from in-situ concrete poured on
a prefabricated CLT-ceiling and the other was a
completely prefabricated XC-element including timber
and concrete. To assist the calculation of future projects
the required input data and the effort and performance
values were determined. This was done to acquire verified
and comprehensible input data for the calculation of
similar ceiling systems in future projects and to receive
comparable data for existing systems. Furthermore, a
calculative process comparison for both ceiling systems,
concerning the building time, the workers involved and
their productivity on-site as well as the amount of
transports to the construction site and the final expected
costs was conducted.
An extensive evaluation of the generated information
after the data collection on site and an elaborately analysis
using a proven scientific methodology ensures accurate

Figure 6: reak o n o types o times or all orkers on all
orking ays upper graph llotment o all orking ays into
acti ity an interruptions lo er graph

The analysis of the ceilings considers results in
subdivided activities and discontinuities based on the
REFA-system, by splitting the collected data into
occupation, interruptions and not identifiable tasks which
can be seen in figure 6. Furthermore, the category
occupation is split into main activities, ancillary activities
and additional activities. All interruptions are classified as
influences due to workflow, dysfunction, recreation and
personal needs. The unidentifiable activities for the
observer are included in this evaluation as well. The upper
diagram showing the values for the in-situ concrete
casting on the CLT-ceiling states that within the observed
working days 86 % of the working time includes main
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activities, whereas 5 % can be classified as ancillary
activities and 9 % formed interruption time of all workers
observed, which indicates a high productivity. Following
specific literature, a classification into good, medium and
bad working behaviour states that all working days
investigated reached the level good. Well organised
circumstances on site and highly motivated labourers can
be assumed.
The lower diagram of figure 6 states that within the
observed working days of the installation of the XC
element 91 % of the occurred working time includes main
activities, whereas only 3 % can be classified as ancillary
activities and only 6 % formed interruption time including
the performance of all workers. This implies very high
productivity. Once again following specific literature a
classification into good, medium and bad working
behaviour contains the level good for all working days.
This classification assumes perfectly organized
circumstances on site and highly motivated labourers.
The figure following only the evaluation on the second
level elucidates that the percentage of main activities is
even higher for prefabricated XC-elements than for
elements using in-situ concrete. The prefabricated TCCelements having more ancillary and complementary
activities consequentially due to low level of
prefabrication. This is based on the fact of the investigated
floor areas shown in figure 4.
(Notice: To ensure comparability the term ‘interpreted’
does not contain determined times for occurrences like
rain or CLT-cuttings.)

xx

xx

4.2 RESULTS – OBSERVED BUILDING TIME
The analysis of the building process tracked the required
activities for cross laminated timber assembly, subsequent
work, reinforcement works and concrete works for the insitu concrete as well as prefab assembly and joint fill for
the XC-element. Hence the construction sequence for this
building can be split into the following areas for both
applications:
Variant in-situ concreting:
Installation of CLT-elements, finishing works,
reinforcement works, casting concrete
Variant XC-element:
Installation of prefabricated element, filling gaps
with grit.

Figure 7: Comparison o uil ing times or oth ariants –
num er o orking time re uire or i erent acti ities upper
graph , summation o orking time re uire lo er graph

Following figure 7 the total construction time of the insitu concrete variant observed was 39 h and 12 min, that
corresponds to 39.18 h for 437 m² in-situ casted CLT
decking. In comparison to that the XC-prefabricated
component investigated only took 22 h and 17 min, which
corresponds to 22.28 h in construction time for 383 m² of
prefabricated ceiling. The figure shows that the total
construction time is reduced by 43 % when XCcomponents are used in comparison to the in-situ concrete
variant. Within this range all values are based on the
compared floor areas as shown in figure 4.
4.3 RESULTS – OBSERVED WORKFORCE
During the installation of the prefabricated variant 5
workers were involved in the building process whereas 4
ancillary workers undertook the finishing works.
Additionally, 2 workers were required in this case for
filling in the gaps with grit which makes a total of 11
workers involved. In the case of the in-situ casted CLT-
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ceiling 5 workers were involved in the installation of the
prefabricated elements, 3 additional workers have
installed the reinforcement and 7 workers were required
for pouring the concrete inside the building. This makes a
total of 19 workers for variant.

xx

4.4 RESULTS – OBSERVED TRANSPORTS
The analysis of the number of transports required is based
on a loading capacity of 45 m³ for CLT-elements and 8 m³
for a concrete mixer.
For the in-situ casted CLT-ceilings 5 trucks were required
for the concrete, 2 trucks for transporting the CLT and 1
for the reinforcement. This gives a total number of 8
trucks for transporting the required material for 437 m² insitu casted CLT-deckings on site.
In comparison to 4 trucks that were necessary for the
transport of the 383 m² prefabricated elements from the
factory on site as the loading capacity is lower and selfweight of the element is much higher. Additionally, 1
truck was required for the transport of the filling grit.

xx

Figure 8: Comparison o ork orce in ol e – num er o
orkers re uire or i erent acti ities upper graph ,
summation o all orkers re uire lo er graph

Figure 8 shows that 19 workers were needed in total to
produce the TCC-ceiling using in-situ concrete for CLTassembly including all necessary edge and subsequent
work as well as reinforcement and concrete works. It also
states the number of workers required for each single task.
For the construction of the TCC-ceiling using the
prefabricated XC-components 11 workers were needed
including all necessary edge and subsequent works.
The comparison correlates to a factor of 1.7 to 1 of
involved personnel.
Thus, the amount of workers and the total required
working hours when using the XC-variant were reduced
by 42 when based on numbers of workers resp. 44 % when
adapted from wage hours.

Figure 9: Comparison o re uire transports – num er o
trucks re uire or i erent materials or in-situ ariant upper
graph , num er o trucks re uire or pre a ricate system
lo er graph

The analysis of the amount of transports to the
construction site required to produce both ceiling systems
showed that the total number of transport vehicles is
determined by a ratio of 1.6 to 1 as shown in figure 9.
Therefore, the XC-variant leads to a reduction of the
number of transports to and from the construction site of
around 37.5%. Due to the low comparative area and the
missing filling capacity of some trucks involved a
reduction of transports of some 25 % can be assumed.
4.

RESULTS – EFFORT AND PERFORMANCE
VALUES

Based on the evaluation following the assessment the
effort and performance values could be calculated
subsequently for the installation of both ceiling systems.
The generation of effort and performance values for the
installation of ceiling elements was undertaken for every
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single element in a first step to be summed up to an
average value contributing all investigated decking
elements. However first a single value was generated for
every activity required on one element. This includes the
fixing of lifting accessories, lifting and positioning,
removal of the lifting accessories, final placement,
connection between timber to timber and timber to
concrete resp. decking to decking and decking to wall
underneath, the inclusion of sealing strips, the attachment
of the supporting structure as well as all works required
within reinforcement and casting the concrete.
The graphs show the investigated values required for the
installation of both systems. These effort and performance
values were adjusted as mentioned under 4.1 subsequently
for the occurrences of rain and CLT cuttings.

xx
xx

ifferen e
Figure 10: otal
or i erent ceilings
gross interprete –
an on a erage o the in-situ ariant upper graph , an
pre a ricate C- ariant lo er graph

Figure 11: Comparison o
–
or i erent tasks
inclu e in the in-situ ariant upper graph , total
or the
installation o the systems lo er graph

Following the analysis an effort and performance value
EPVgross interpreted was determined for the in-situ concrete
variant with a mean of 0.35 h/m² as shown in figure 11.
Whereas the XC-variant’s value is merely 0.24 h/m² and
corresponds to a difference of 0.1 h/m² as shown in figure
10.
Hence, the total expense values of TCC-ceilings can be
seen as 30% lower than the values for in-situ concrete.
These values can be taken into account in a future cost
calculation by including all constraints that other building
projects show and by assuming a similar workforce and
level of prefabrication. However it is always required to
prove and verify this data before applying these figures in
a costing system.

SUMMARY AND OUTLOOK
Although cross laminated timber experienced great
success as an alternative building material during the last
few years it was hardly examined up to now regarding the
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economic aspects especially referring to cost evaluations.
Additionally the application with prefabricated concretecomposite panels does not show accurate data and was not
investigated to date to actually prove the system’s input
data for an appropriate cost calculation which decides on
the success of the recently developed building system.
Interviews with experts as part of an investigation in 2014
[11] show that the application of prefabricated TCCceilings can be seen as a great opportunity for the
construction industry. The modular design, the high level
of prefabrication and the constructional simple execution
are impressive arguments for the increased use of these
ceiling systems.
The survey on site contributes another module in the lack
of knowledge on economic aspects to optimise the
construction management within the construction process
of large scale timber buildings in conjunction with
conventional building materials. Therefore, the
determination of effort and performance values as the
most substantial input parameters within a cost
calculation in construction as well as the arguments for
reducing the building time, workers involved and
transports required advances the improvement of multistorey timber buildings by an accurate evaluation of
critical financial aspects in order to generate an
appropriate and cost-effective building system.
.1 KEY MESSAGE FOR FUTURE USE
Derived from the study of the specific building project for
future use of TCC-ceilings in combination with CLT the
following key messages can be drawn:
Both variants take about the same time to produce and
assemble, despite structural and prefabrication
divergence.
The advantages of the XC-variant in comparison to the insitu concrete-variant are clearly the lower construction
time, which takes about one third less time to produce the
raw ceiling.
Further advantages are the amount of workers needed is
about one third lower, the reduction of wage hours on site
of around one third as well, a significantly lower expense
value for the production of the prefabricated raw ceilings
on site and decreased local traffic inconvenience though
fewer transports.

Figure 12: inishe
aulasgasse

uil ing – in estigate o ject in ienna,

The expected higher production cost of the XC-variant
compared to the in-situ concrete-variant are compensated
by the aforementioned advantages as well as the reduction
of building time and interfaces.
.2 POTENTIALS OF PREFABRICATED TCC
CEILINGS
A crucial advantage of prefabricated components is the
low space requirement on site. The elements are usually
delivered just in time, placed directly from the trailer to
its final destination using a crane and assembled quickly.
On site the connections are formed and the joints are
closed. In contrast to the in-situ concrete variant, the
prefabricated TCC-elements require no assembly or
storage area for formwork elements, reinforcement steel,
concrete mixer or concrete pump on site. The biggest
advantage compared to other building methods, like the
production of TCC-ceilings with in-situ concrete for
example, is the noticeably shorter construction period.
Concrete as a building material requires a sufficient and
standard drying time after pouring before continuing with
further extension works. Ceilings made with prefabricated
components do not require reinforcements before
applying the concrete. Therefore, the XC-variant, which
is classified as a dry building method, has a substantial
economic advantage due to shorter assembly times during
the shell construction phase. Because of this costs for
wages relating to uncertainties due to weather and the like
can be significantly reduced. Compared to ordinary
construction methods like the common reinforcedconcrete method, timber engineering requires less staff for
planking, reinforcing and concreting. The production of
prefabricated TCC-ceilings on site rather has the character
of an assembly operation than classic crafting techniques,
which bears more potential for the ceiling system.
Although, the system requires trained technicians and
workforce, they can be provided on the part of classic
mineral concrete construction as well as constructional
steelwork. Crew sizes between five and eight fitters are
enough for most construction sites to implement such
construction systems.
The low amount of craftsmen needed for the XC-element
compared to the in-situ concrete ceiling nevertheless has
potential that has not been recognised sufficiently to date.
Due to the high prefabrication depth of the initial product
XC® with fewer layers in the overall design, more and
more complex building projects will result in solution
approaches that are uncomplicated and carried out in a
timely manner. These will not only focus on the shell
construction but also on the building technology aspect of
facilities. The smaller number of those involved will
contribute to the reduction of lost effects due to faulty and
insufficient coordination and communication with one
another. An important step for improvement and
optimisation may involve increasing the level of
prefabrication, whereby the XC-element displays high
performance ability.
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.3 SUMMARY AND INTERPRETATION
In conclusion it can be noted that both variants require
about the same amount of time for both assembly and
production-assembly of each raw element component
without concreting work, despite constructional and
prefabrication-related divergence. The benefits of the XCvariant are the notably shorter building time of around one
third less for the production of the raw ceiling,
approximately one third fewer workers needed on site, the
reduction of the total amount of wage hours by more than
one third as well, the remarkably lower amount of effort
needed to produce the prefabricated raw ceilings, and
much less local traffic inconvenience due to less transport
being needed.
The biggest potential of timber construction methods is
found in the short time of installation required on site in
comparison to brick and concrete works. The amount of
site installation equipment is much less corresponding
with smaller areas for temporary storage as the delivery
happens just in time. Additionally, the installation time is
affected by the lifting facilities and mobile cranes as well
as the erection performance of the team on site.
All these arguments as well as the evident values shown
in the figures give high potentials for timber construction.
However, in many cases the investigated values but even
more the obvious arguments are not commonly used as
they are hardly quantifiable and rateable. Time
influencing circumstances as well as cost facts are
difficult to separate between the cooperating companies
on site as many activities cannot be clearly assigned to
special trades.
Timber construction and timber as a leading building
material has a high potential for pioneering tasks.
Especially when turnkey strategies are implemented and
the advantages of the material are integrated into a
building system the successful way over the last years of
this building material can to be extended further. More
effort is required not only in the technical and material
sector but even more in the building economic domains in
order to allow the eco-friendly material to become a
widely used building system.
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n the
steel compon
timber beam
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Figu
ure 1: example of hybrid sectiion

Thee reports preseented in previoous WCTEs [1] [2] and thee
currrent WCTE 2016
2
show thhe developmeent of such a
sing
gle span hybrrid beam that has led to veery satisfying
g
resu
ults.
u of timbeer and steel for building
g
Thee combined use
purp
poses has a long history. Steel is useed in modern
n
timb
ber constructiion basically aas a material for
f joints. Thee
parttial cost of theese componennts is relevantt. An increasee
in performance
p
o the contem
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mporary timberr construction
n
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uld be achieveed thanks to a more efficien
nt use of both
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matterials togetheer. Their syneergy regarding
g construction
n
metthods (dry constructionn, prefabricaation, framee
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nstruction) po
oints to the possibility of
o developing
g
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xed construction systems. L
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dep
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ms fast to assem
mble on site.
i also expeccted that the use of steel will help to
o
It is
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As time passes timber experiences the effects of its
viscous-elastic behaviour. This is reflected in an
increasing deformation during time, but the steel pieces
from a hybrid beam would oppose to these
movements.Therefore the creep deflection of a hybrid
beam would be smaller than a pure wood beam, but
bigger than a pure steel beam which doesn´t creep at
all.This phenomenon should be taken into account for
the calculation of the final deflection of structural
elements.
The comparative behaviour during time, for three
different beams, steel, hybrid and timber, under the same
load and with same instantaneous deflection, could be
simplified as shown in Figure 2

Figure 2: Comparative creeping deflection diagrams of steel,
timber and hybrid beams.

2 STATE OF THE ART
Although theoverall quantity of literature existent on the
topic of creeping of timber-steel structural solutions is
still nowadays quite reduced, some authors have both
theoretically and experimentally studied these and close
related phenomena.
R. Kliger[3] studied the creeping behaviour of stressed skin panels composed of wood-based materials in the
web and compression flange and steel sheet in the
tension flange.
M. Kimura et al [4] studied experimentally the structural
and long term behavior of LVL-steel composite beams,
composed of vertically arranged LVL members and an
inner steel lattice. The steel lattice were successful in
suppressing creep deflection during the 200 days-long
test.
R. Kliger[5] studied the problem of deformation
modification factors for calculating built-up structures.
This study is useful not only for timber-based built-up
structures, but also for other possible combinations of
materials.
S. Nakajima et al [6] evaluated the creep performance of
hybrid timber beams composed of glulam with upper and
lower steel or carbon fiber plates. The steel plates were
jointed with going through bolts. In these cases, and
following the authors, the results were less promising,

being the creep performance not affected by the steel or
carbon fiber sheets.
S. Hansson and K. Karlsson[7] carried out creeping tests
of combined cross sections of timber, timber and steel
and timber and carbon fiber reinforced polymers. The
reinforcements were successful for the reduction of both
the initial deformation and the mechano-sorptive creep.
The creeping tests were in this case quite short, with a
total duration of 10 weeks.
From a theoretical point of view, the TRADA
Technology Timber frame housing manual [8]proposes a
series of calculation procedures for steel flitch beams.
These beams are composed by two timber components
with an intermediate steel plate. The connection of
elements is carried out with going-through bolts and the
calculation procedures provide guidance for the
calculation of deformations and stressesfor both the
initial and long term situations.
It is also stated in the literature that the most important
factors affecting the creeping behaviour of timber and
glulam beams are the stress level, timber quality and
Young Modulus, humidity content and its variation
during time (depending on climatic factors, as
temperature and atmospheric humidity), duration of
loads and sequences of loading.

3 CALCULATION FOLLOWING EC5
Eurocode 5 [9] in its point 2.3.2.2 Load-duration and
moisture influences on deformationsproposes a method
which deals with the global performance of “structures”
composed of materials with different properties
depending on time. This method, although inside the
timber Eurocode and therefore proposed for wood-based
products, could be useful for the analysis of mixed
components like the beams object of this study.
Following Eurocode 5 [9]:
“The analysis of structures shall be carried out using the
following values for stiffness properties:
(...) for a first order linear elastic analysis of a structure,
whose distribution of internal forces is affected by the
stiffness distribution within the structure (eg. composite
members containing materials having different timedependent properties), final mean values adjusted to the
load component causing the largest stress in relation to
strength shall be used; (...)”
In its point “2.2.3 Serviceability limit states”it is stated:
“(4) If the structure consists of members or components
having different creep behaviour, the final deformation
should be calculated using final mean values of the
appropriate moduli of elasticity, shear moduli and slip
moduli, according to 2.3.2.2(1)”

WCTE 2016 e-book | 4985

And in the point “2.3.2.2 Load duration and moisture
content in deformations” the following procedures are
stated:
“(1) In serviceability limit states, if the structure is
formed by pieces or components with different
properties depending on time, the final medium value of
the modulus of elasticity, Emean, fin , the shear modulus
Gmean, fin , and the slipmodulus,Kser, fin , used for
calculating the final deflection, should be taken from the
equations:

,

1

,

1

,

(1)

(2)

(3)

1

Also following Eurocode 5 [9], in ultimate limit states,
where the load and moment distribution will be affected
by the rigidity of the structure, the final medium value of
the modulus of elasticity, Emean, fin , the shear modulus
Gmean, fin , and the slip modulus,Kser, fin , should be
calculated following the equations (4) (5) and (6):

,

,

1

.

,

1

.

1

.

(4)

The design of the test looks for the control, or at least the
knowledge, of all of the main parameters involved
influencing creeping behaviour.
It is important to point out that creeping is an extremely
complex phenomenon depending on a high number of
factors, very difficult to control or to measure in their
totality.
In any case, following the experiences of previous
researchers, andaccepting that the most important factors
affecting the creeping behaviour of timber beams are the
stress level, timber quality and Young Modulus,
humidity content and its variation during time
(depending on climatic factors, as temperature and
atmospheric humidity), duration of loads and sequences
of loading, a specific creeping test is designed.
The basic concept is to test during one year a hybrid
beam under a constant load, and use as a comparison a
glulam beam with an equivalent initial stress level,
similar quality and an equal as possible Young Modulus
as the glulam part of the hybrid beam, as shown in
Figure 3.
The climatic conditions and their variation will be
common for the two beams, due that they will share the
same space. Temperature, air humidity and also timber
humidity content will be recorded periodically.
If the loads to be applied over the two beams are
designed to produce the same normal stress level in the
timber parts the results of the two beams can be
comparable and would give light to the questions posed.

(5)

(6)

the factor for the quasi-permanent value of the
being
action defined in EN 1990:2002 [10] causing the largest
stress in relation to the strength. If this action is a
permanent action should be replaced by 1.
These methods, conceptually quite similar to the
proposed by TRADA [8], are taken as a reference and
will used and examined through testing for assessing
their use in the particular case of the timber-steel hybrid
beams focus of this research.

4 OBJECTIVES OF THE TESTS
The main objective of the creeping tests is the checking
and verification of the assumed creeping behaviour of
timber-steel hybrid elements and the methods proposed
for their analysis.

Figure 3:Conceptual design of the test for a hybrid beam (left)
and a timber comparison beam (right).

This way, the assumption of difference in creeping
behaviour due to the hybrid performance can be verified,
and the hypothesis stated about performance and
calculation procedures following Eurocode 5 [9] could
be checked, validated, adjusted or corrected.
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The test was carried out with two timber-steel hybrid
specimens compared to two respective reference “only
timber” beams during one year.

5 SPECIMENS AND DESIGN CRITERIA

One of the main problems of designing a creeping test is
the difficulty of implement high loads over the beams
during long periods of time. The space required for the
real scale beams during the time needed is another
important issue. Most researchers face this problem
designing their experiments following one of these three
possibilities:
-

-

Test real dimension beams but at lower levels
of normal stresses than the serviceability ones.
Scale the problem of the beam: i.e. test smaller
beams but reaching real serviceability normal
stress values.
Design a test that combines in some way both
previous possibilities.

The implementation of high loads and space needed for
testing during long time the same beams as in the shortterm tests of timber-steel hybrid beams[2] was not
possible in the available testing laboratory. That is why a
special design of four meters long timber-steel
“flat”hybrid beam was used, as shown in Table1.For this
special type of beam the space was enough and the
values of static load requiredpossible to implement with
concrete blocks.Their reduced dimensions made the use
of double folded steel profiles as originally
designed[2]not possible. The steel profile was then
substituted by a single folded beam butfollowing several
criteria in order to reproduce the most important features
of the mechanical performance of full-scale hybrid
beams:
-

-

-

-

-

The transmission of vertical load should take
place from the steel parts to the glulam ones. That
is whya lied down steel U cross-section is placed
upon a horizontal rectangular timber beam.
The distribution of bending stiffness should be
similar to the bending stiffness distribution of the
full-scale
hybrid
beams.
That
means
approximately 50% for glulam and 50% for steel.
Due to the lying-down arrangement of the beams
a GL28h grade for the timber pieceswas
choseninstead of the original GL28c of the fullscale hybrid beams. This way the quality of the
material is the same for all the most stressed
fibres in the upper and downer part of the section.
The relation of structural depth between steel and
timber was chosen in order to reach thesame
maximum normal stresses in both glulam, and
steel and in the same proportion, as in the original
hybrid beams.
In order to constantly ensure a common bending
deformation for the two parts, three vertically
arranged thinbolts (Figure 4)hold the pieces
together along the middle part of the beam, with
end washers and nuts.The pre-drilled holes have

enough tolerance to avoid any horizontal shear
transmissionthrough the bolts and the nuts are not
tightened. This way the vertical contact between
the two pieces is guaranteed in case of any
vertical movement, ascending or descending,
without horizontal shear transmission between
the pieces thanks to the tolerance inside the
holes.The fact of not tightening the nuts looks
also for avoiding any favourable effect due to
increased friction between materials.

Figure 4: Vertical connector through glulam and steel for
the creeping hybrid beams.

The creeping beams were loaded following a four point
bending test schema. As time passes the creeping effect
starts to affect the glulam components, and the timber
part tends to have an increased deformation. Then the
connection rods will be able to support it and transmit
little by little fractions of the load to the steel profile
placed over.
For this purpose the three connectors are established
along the central part of the beam, where the maximum
value of bending moment occurs.
Table 1: Cross section properties

Steel -S355
Is=
As=
Weights=
Es · Is=
As, shear,z=
Glulam-GL28h
I g=
Ag=
Weightg=
Eg·Ig
Ag, shear,z
Hybrid section
Weighth
E·Ih

37,9
9,91
7,78
795 000
3,22

cm4
cm2
kp/m
kN·cm2
cm2

698,55
149,64
7,33
880 173
124,19

cm4
cm2
kp/m
kN·cm2
cm2

15,11
1 676 073

kp/m
kN·cm2

51%
47%

49%
53%
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6 DETERMINATION OF THE INITIAL
STRESS LEVEL
For determining the magnitude of load to be
implementover the testing specimens, the criterion of
finding which would be the maximum allowable normal
stress level in Serviceability Limit State was used.
First, it is necessary to calculate which would be the
maximum stress allowable in a Ultimate Limit State
situation, and then calculate back which would be the
correspondent real stress value in Serviceability Limit
State.In order todetermine it, the values of kmod and
partial security factors for loads γF and for the
materialγM,g are set for the caseof a glulam beam under
permanent load and Service Class 1as stated in Table 2

Figure 5: Timber specimens to be tested and classified
regarding their Young Modulus values.

Table 2: Partial and modification factors

γM,g
1,25

γF
1,35

kmod
0,6

Therefore the calculation for the chosen GL28h follows
as:
σ

σ

,

f

,

f

,

k

,

0,6

f
γ
28
1,25

,

(7)

,

(8)

13,44 N/mm

In the next step the effect of the load security factor is
removed as it follows:
σ

0,6

,

1,35

9,95 N⁄mm

35,5% f

,

(9)

Figure 6: Three point bending tests for selecting the timber
specimens regarding their Young Modulus.

The specimens K01, K03, K05 and K09 were rejected
through a visual selection due to a higher number of
knots in the middle part of the beams, compared with the
other specimens. Specimens K06 and K12 were
discarded due to geometrical irregularities like warping.

This way is the desired stress level fixed.It is important
to notice that this stress level can be quite high compared
with the real for many structural applications of onlytimber or even timber steel-hybrid beams governed by
deflections or vibrations (SLS) and not by stress levels
(ULS). In any case, it was adopted for the tests with the
idea of reproducing a “worst-case” stress-level scenario.
This way the results obtained can be considered to be on
the safe sideof the creeping problem.

7 TESTING PROCEDURES
In order to select four tests specimens with a similar-aspossible value of E Modulus, twelve specimens of
glulam beams K01-K012were ordered and tested
following a three point bending test procedure.
The load velocity was 0,15 mm/s and the maximum
deformation limited to 20 mm for being sure that the
timber fibres remained in an elastic state and the pieces
were not damaged.

Figure 7: Comparison of the central and bottom face of the
beams K01 (rejected due to presence of knots in the middle
part and in the proximity to the connecting holes) and K02
(accepted)

WCTE 2016 e-book | 4988

year.Temperature and relative air humidity werealso
continuously recorded.
Table 4: Loads applied and tension values for the different
beams and components

Figure 8: Image where the warping of the specimen K06 can
be observed.

All the selected pieces showed a higher Young Modulus
than the mean value correspondent to GL28h,
E0,g,m=12600 N/mm2following EN 14080 [11], with
improvements between 15% and almost 26%, as shown
in Table 3.
From the remaining six specimens K02, K04, K07, K08,
K10 and K11, two pairs were selected.

Hybrid beam
Total Load
Glulam Bending Moment
Timber Stress
% fm,k
Steel Bending Moment
Steel Stress (tension)
Steel Stress (compression)
Glulam comparison beam
Total Load
Glulam Bending Moment
Timber Stress
% fm,k

5,40
185,03
9,95
35,5
167,61
229
62

kN
kN·cm
N/mm2
%
kN·cm
N/mm2
N/mm2

2,83
185,03
9,95
35,5

kN
kN·cm
N/mm2
%

These were specimens K02 + K10, with an E-modulus
difference of 1%, and specimens K11 + K04 with an Emodulus difference of less than 1%. Specimens K02 and
K11 were selected as components for the hybrid beams
and K10 and K04 as comparison pure glulam beams.
The specimens K07 and K08, with the maximum and
minimum values of Young Modulus, were selected for
control rupture tests.

Figure 9: Preparation of the test set-up for the long-term four
point bending test.

Table 3: E-modulus and selected glulam beams Type K

Specimen
K02
K04
K07
K08
K10
K11

E
(kN/cm2)
1515
1512
1452
1585
1531
1502

Comparison EN14080
(%)
120
120
115
126
121
119

Figure 10: Test set-up for the long-term four point bending
test.

Knowing the stress value to be reached for the timber
components, the loads to be applied for both hybrid
beams can be found using common calculation methods.
The relevant parameter and values are summarized
inTable 4.
Therefore the hybrid specimens were loaded with
5,40kN and the glulam ones with 2,83 kN. These
weights were prepared from concrete blocks and steel
elements, weighted in the laboratory and installed over
the beams with the help of a crane. The values of
deflection were recorded under the middle point and
under the two loading points of the beams during one

Figure11: Test set-up with a hybrid beam (left) and a timber
comparison beam (right).
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8 RESULTS AND INTERPRETATION
The limited number of tests such as the specific
configuration of the testing specimens makes it very
difficult to interpret the results in an accurate way for the
case of real hybrid beams. But in any case the data and
results collected contribute to explain the long term
behavior of hybrid beams and point out a promising
performance.

Figure 12: Image of the test set-up.

After the initial loading all the beams presented an
almost identical instant deflection value very close to the
predicted one of 39 mm, as shown in Table 5 and Table
6. This common instant deformation guarantees that the
initial normal stress value inside the glulam pieces is the
same for the hybrid specimens and the glulam ones.After
one year of constant loading the glulam specimens
experienced a medium value of creeping of 17,74 mm,
meanwhile the hybrid ones of only 8,75. This means that
the hybrid performance reduced the creeping in
approximately 50%, for the case where both components
(timber and steel) have an equivalent bending stiffness.
The most important test results data are summarized in
Table 5 and Table 6
Table 5: Results for the pair GlulamK04-Hybrid K11

Figure 13: Image of the measuring points.

Glulam K04
Total Load
winst
wcreep
wfin
wcreep/wfin (%)
wcreep/winst(%)
Hybrid K11
Total Load
winst
wcreep
wfin
wcreep/wfin (%)
wcreep/winst(%)

2,83
40,32
17,12
57,44
30
42

kN
mm
mm
mm
%
%

5,40
39,95
9,16
49,11
19
23

kN
mm
mm
mm
%
%

Table 6: Results for the pair GlulamK10-Hybrid K02

Figure 14: Recording data machine ALMEMO 5690-2

Glulam K10
Total Load
winst
wcreep
wfin
wcreep/wfin (%)
wcreep/winst(%)
Hybrid K02
Total Load
winst
wcreep
wfin
wcreep/wfin (%)
wcreep/winst(%)

2,83
39,13
18,36
57,49
32
47

kN
mm
mm
mm
%
%

5,40
37,83
8,34
46,17
18
22

kN
mm
mm
mm
%
%
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The creeping deflection of the hybrid K11 (9,16 mm)
was around 54% of the correspondent creeping
deflection of its comparison pure-timber K04 (17,12
mm). In the case of the hybrid K02 (8,34 mm) this value
was of only 45% of the one experience by its partner
beam K10 (18,36 mm)
The value of creeping deflection in relation to the instant
deflection was for the hybrid specimens around the half
of the one recorded for the pure timber comparison
beams.
A time-dependent deflection curve was sketched, see
Figure 15, taken into account the long term deflection
calculated following Eurocode 5 [9] methodsand taking
as a reference existent data gathered in the literature
[12]. It is important to point out that the Eurocode
methods only provide the value of the total end
deflection, but not the shape and progression of the curve
itself.

In the graphic it can be observed that the proposed curve
fits quite well the real behaviour of the tested specimens,
being in fact a little bit on the “un-safe side” in the case
of the only-timber specimens.The fluctuations in the
creeping values during time have a direct relation with
the atmospheric conditions, especially air humidity
content.
In any case these results should be read carefully due to
the very reduced number of specimens tested and their
very specific geometry and design and testing
conditions. More and more detailed research is needed,
but the results obtained show interesting trends and point
to the confirmation of an advantageous property for the
future use of timber-steel hybrid beams.
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2 DESIG
GN CRITER
RIA
Hybrid crosss sections [2] should be ussed without many
m
additional co
onnection elem
ments. The main objectivess are
the use of both materials in a statically equivalent way
and not to change
c
the prroperties of th
he developed and
tested single span beams. Assembling should
s
be as easy
I the producttion of the parrtial cross secttions
as possible. In
the amount of work requ
uired and the costs this en
ntails
pt as low as possible.
p
should be kep
As the first step, a 3-dimen
nsional modell of a multi-storey
frame constrruction with a frame spaciing of 4.5 meeters
and two-spaan beams witth 6 or 8 meeters per fielld is
analysed according to Eurocode
E
in case of verrtical
ntinuous colu
umns are assu
umed to havee the
loading. Con
same stiffnesss as the beam
ms. In this casse the momen
nts at
the fixed join
nts are double as in the middle of the beaam.
It should be mentioned th
hat the differeent shear stifffness
of the timberr beams and the steel proffiles influencee the
distribution of the bendin
ng moments within
w
the hy
ybrid
omes into acccount due to the
beam. This especially co
v
fixed beam--ends at eacch column. This is a very
important ch
hange of the static system
m compared to a
single span beam.
b
Due to these facts the jointt splice should
d be placed att a
v
of the su
upport momen
nt is
point, where the absolute value
m
similar to thee moment at mid-span.
After severaal concept designs
d
were considered, the
system depiccted in Figure 2is adopted. The
T hybrid-beeams
are placed in
nside a stiff knot
k
element and the mom
ments
are transferreed by a “coup
ple of forces”. The high sup
pport
moments are absorbed by
b the strong steel elem
ments
t possibility
y to design thee hybrid-beam
ms in
which open the
a very economical way.
This system is easy to asseemble.

3 TEST SER
RIES
3.1 CONFIGU
URATION OF
F TEST SERIIES
ure 3 and Fig
gure 4 illustratte the progression from thee
Figu
oveerall system co
oncept to the eexperimental assembly.
a

Figu
ure 3: multi stoorey frame consstruction using knot elements

Thee knot elemen
nt is modelledd with two UP
PE400 (S355))
crosss sections. The doublee-symmetric assembly iss
cho
osen because of its cheappness and sim
mple way to
o
sim
mulate a rigid knot. The hyybrid beams are
a cut in thee
mid
ddle, which means
m
that eachh assembly caan actually bee
con
nsidered to be two individual cantilev
ver tests with
h
sing
gle loads. Varriations are m
made in the sizze of the innerr
leveer arm accorrding to the studies of different
d
span
n
wid
dths. An im
mportant ressearch objecctive is thee
dev
velopment of effective loaad transfer zones. In thiss
pap
per the two most
m
importannt tests are explained
e
and
d
disccussed.

Figure 2: scheematic display of
o the moment transmission
t
Figu
ure 4: cantileveer tests: progreession from the overall system
conccept to the expeerimental assem
mbly due to the deformation
beha
aviour. Top: fraame joints; midddle: middle joint; bottom:
test configuration)
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3.2 PRE-CALCULATIO
ON OF TEST
T SERIES
me &
The test series are simulaated by the Structural Fram
ysis Software Dlubal Rstab
b (Figure 5) and
Truss Analy
using finite elements. The
T
connectio
on of the hy
ybrid
ong each otheer such as the hybrid beam with
w
elements amo
the steel knott is simulated with coupling
g members.

Figure 5: left side of the knott: bending mom
ment distributionn in
s
knot with
the hybrid beaam, which is connnected to the steel
coupling members

As mentioneed before, the different shear stiffness off the
timber beam
ms and the steel profiiles (approx..1:5)
influence thee distribution of the bendin
ng moments in
n the
beam, which
h can clearly be seen in the moment
m
curvee.
The tested sections and
d the section
n properties are
F
7.
presented in Figure 6 and Figure

Figure 6: usedd section dimennsions

Figu
ure 7: section properties
p
of tessted Beams

Thee E-modulus of the tessted timber sections aree
deteermined by 4 point loadinng tests follow
wing EN 408
8
[3]. The results partially
p
show
w somewhat weaker
w
resultss
n the values suggested byy the Euroco
ode standardss
than
(90% - 98 %). All the further calculations are
a carried outt
ng the tested E-modulus.
E
usin
Thee loading pro
ocedure accorrding to EN 26891 [4] iss
sho
own in Figure 8.

Figu
ure 8: test proccedure accordinng to EN 26891
1

Measuring pointts are marked in Figure 9. The mostt
portant points are 1 and 7.
imp

Figu
ure 9: measurinng points
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3.3 TEST „B50“
„
For the test B50
B the inner lever arm is chosen
c
as 50 [cm].
c
This assump
ption seems to be realisstic for a frrame
construction with a 6 [m
m] beam spaan. The distaance
between the supports of th
he UPE sectio
ons is 30 [cm
m], as
gure 10.
shown in Fig

Figu
ure 13: Severall steel plates traansmit the forcees from UPE too
the folded
f
section of
o the hybrid beeam (zone A)
Figure 10: Test configurationn B50

Because of the high com
mpression forrces in the zo
ones
he direct con
ntact
“A”, it wass evident to search for th
between booth timber and
a
steel prrofiles with the
supporting area
a
of the UP
PE profile. Timber
T
supporrting
points should
d be reinforcced with fully
y threaded scrrews
160x6 [mm] to minimize the deformattion perpendiccular
i these areas (zone A), seee figure 10, figure
to the grain in
11 and figuree 12.

Thee small gap between
b
the hybrid beam and UPE in
n
zon
ne B (upper side) was fillled with thin
n steel platess
(Fig
gure 14).

Figure 11: lefft: Hybrid sectioon, middle: secttion in zone A,
right: section in zone B
Figu
ure 14: zone B:: gap filled up w
with thin steel plates
p

Tim
mber plates were
w
placed bbetween both sides of thee
hyb
brid beam to avoid
a
bucklingg in this area, (Figure
(
15).

Figure 12: Reeinforcement off timber with scrrews perpendiccular
to grain at suppporting area (zzone A)

The load tran
nsmission fro
om the UPE to
o the folded steel
s
of the hybrid
d beam is show
wn in Figure 11 and Figuree 13.
Several steel plates should
d connect both
h parts in zonee A.
Figu
ure 15: timber plates
p
between both sides of th
he hybrid beam
m

Thee testing set-up
p is shown in Figure 16.
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Figu
ure 18: local pllastic deformattion of steel secttion in zone A

Figure 16: tessting proceduree and equipment

The load/cy
ylinder-displaccement diagrram (Figure 17)
shows the hiigh level of ultimate
u
load around 200 [k
kN].
The elastic limit is reacched at abou
ut 80 [kN]. This
mate elastic moment
m
of -112
corresponds to an ultim
[kNm] in thee hybrid beam.
There are so
ome visible pllastic deformaations in the load
transmitting zones (zone A & B), see Figure
F
18, Figure
19 and Figurre 20.

Figu
ure 19: plastic deformation off timber perpend
dicular to the
graiin in zone A

Figu
ure 20: plastic deformation off timber perpend
dicular to the
graiin in zone B (uppper side)

Thee measured am
mount of stifffness is only about
a
45% off
the calculated one.
o
This obvvious loss of stiffness iss
ure 21 show
ws the differrence to thee
notiiceable. Figu
calcculated stiffneess by finite ellement method
ds.
Figure 17: loaad / cylinder-displacement diaagram
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mucch higher than
n the result off B50. This corresponds to
o
an ultimate
u
elastic moment off -165 [kNm] in the hybrid
d
beaam. The damaages in zone A are similar to
t the ones off
the test B50.

Figure 21: meeasured vs. calcculated deformaation

3.4 TEST „A80“
„
For the test A80
A the inner lever arm is set to be 80 [ccm].
This assump
ption seems to be realisstic for a frrame
construction with 8 [m
m] beam spaan. The distaance
between the supports of th
he UPE section
ns is 30 [cm].
upporting poin
nts are reinforced
Like for the other test, su
hreaded screws 160x6 [mm
m] to minimizee the
with fully th
deformation perpendiculaar to the grain
n at these highly
s Figure 11
1, Figure 12 and
loaded areass (zone A), see
Figure 19.
hown in Figurres 22 and 23..
The test conffiguration is sh

Figu
ure 24: load / cylinder-displac
c
cement diagram
m

Figu
ure 25 shows the differencee to the calcullated stiffnesss
by finite elemen
nt method. T
The measured
d amount off
ffness is aboutt 63% of the ccalculated onee. This showss
stiff
a beetter performaance comparedd to the first teest.

Figure 22: tesst configurationn A80

Figu
ure 25: measurred vs. calculateed deformation

3.5 DISCUSSIO
ON OF TEST
T RESULTS

Figure 23: loaaded beams of test
t configuration A80

The load/cy
ylinder-displaccement diagrram (Figure 24)
shows the hiigh level of ultimate
u
load around 250 [k
kN].
The elastic limit
l
is reacheed at about 150 [kN] whicch is

mber of testss as well as the specificc
Thee limited num
con
nfiguration off the testingg devices maakes it very
y
diffficult to interp
pret the resultss in a realistic way.
Nott only the deeformations off zones A& B due to thee
high
h local presssure but alsoo the deformaations of thee
UPE
E-flanges in these
t
areas arre the main reeasons for thee
diveergent stiffness of the whoole cantileverr deformation
n
in comparison
c
t pre-calculaation values. This will bee
to
takeen into accoun
nt for further ccalculations.
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4 SIMUL
LATION OF
O THE FL
LEXIBILIT
TY
OF SE
EMI-RIGID
D JOINTS

5 FEASIBIL
LITY STUD
DYFOR MULTIM
STOREY BUILDINGS

The next step
p is the application of the test results in
nto a
calculation model
m
for multi-storey
m
f
frames.
A sp
pring
model is used
d to simulate the stiffness determined
d
du
uring
the testing seeries. The cou
upling memberrs are replaced by
axial springss, and their stiffness
s
valuees are iterated
d so
that the finall calculated deformation is equivalent to
o the
measured one, see Figure 26.
2

Figure 26: repplacement of ouuter link elemennts with axial
springs

The value off the spring stiiffness for botth cases (B50 and
A80) lies aro
ound 190.000 [kN/m].
For a multi--storey frame the assumpttion is made that
these springss are placed on
nly in the outeer area (zone A).
A
In zone B th
he greater parrt of measureed deformatio
on is
caused by the deformation
n of the UPE. In reality thiss can
be avoided by
b the column
n flanges of the knot-elem
ment,
see Figure 2.. That is why the coupling members in zone
z
B should be rigid.
r
The implemeentation of su
uch knot-elem
ments and sprrings
for both beam
ms and colum
mns makes thee static calculaation
of these mullti-storey builldings possiblle (Figure 27 and
28).

Figu
ure 28: exempllary calculationn of a 5-Storey building
b

Forr a building lo
ocated in Vieenna a parameeter study forr
variious numbers of storeys is ddone.
Acccording to EN
N 1991- 1-1 [55], live loads for
f residentiall
and
d office areas are assumedd (categories of
o use A, B1
and
d B2).
Tak
king into acco
ount only the frame perform
mance againstt
horizontal loads, the results shhow that framee buildings up
p
h a beam spaan of 6 [m] an
nd a distancee
to 4 storeys with
betw
ween frames of 4,4 [m]] could be realistic.
r
Thee
redu
uction of fraame distance to 3 [m] wo
ould make 5
storreys possible.
Frame buildings up to 5 storeeys with a beam span of 8
[m] and a distancce between fraames of 3,2 [m
m] also seemss
to be
b plausible.
Thee use of additiional bracing systems makees possible an
n
incrreased number of storeys.

Figure 27: moodeling the knott of a frame struucture
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6 CONCLUSIONS
The main objective of the hybrid beams design is an
improved efficiency in the use of resources combining
two materials, timber and steel, and making use of their
best properties to reinforce each other. The concept of
using hybrid elements can also be applied for columns.
The realisation of frame systems constructed by hybrid
beams and columns requires semi rigid joints. A further
goal is an easy assembling of the elements. The
production of the partial cross sections and the amount
of work required should be optimised. As a first step a
knot-element out of steel has been developed for testing
the basic behaviour of such a semi rigid joint. The test
results have been translated into a spring model. The
calculation of multi-storey frame buildings in accordance
with existing standards for loading conditions for an
exemplary location “Vienna” have been carried out. This
parametric study, in which the spans and spacing of the
frames are varied, shows quite promising results.
It should be mentioned, that the development of such
semi rigid joints is still at the beginning, but an
optimistic outlook for the further development of this
system seems to be justified.
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DYNAMIC EVALUATION OF HYBRID TIMBER-STEEL MOMENTFRAME STRUCTURE USING RESILIENT SLIP FRICTION
CONNECTIONS
Armin Valadbeigi1, Pouyan Zarnani2, Pierre Quenneville3
ABSTRACT: This study introduces a new resilient slip friction joint for framed hybrid structures. The proposed
connection has a self-centring behaviour in addition to damping characteristic. This innovative Resilient Slip Friction
(RSF) joint is replaced with the conventional beam to column connections. The RSF joint provides energy dissipation
and reduces the structural demands. Therefore, the members remain undamaged during seismic excitations. The RSF joint
component testing is conducted to confirm the damping and the restoring characteristics of the connection. The nonlinear
static analysis is conducted to determine and validate the ductility factor of the building equipped with the RSF joints.
Time history analysis is also performed to investigate the response of the structures in terms of base shear, top floor
displacement, and maximum top floor acceleration.
KEYWORDS: Resilient-slip friction joint, Self-centring, Moment-resisting connection, Timber-steel hybrid structures

1 INTRODUCTION 123
Hybrid construction effectively exploits the structural
advantage of components with different materials. Since
timber inherits a high strength to weight ratio, the timber
elements are likely to be lighter than other element types.
Therefore, earthquake forces which are related to the
weight of the structure would be decreased in the
structures using timber members. By combining steel and
timber components, the benefits of each material could
compensate some structural limitations of the other
material.
The self-centring lateral load resisting systems are
recently developed structural systems. Their main goal is
to maintain the strength and stiffness of the structures and
limit the structural damage and the residual drift during
seismic excitations.
In contrast to conventional structural systems, selfcentring systems have targeted connections that
decompress and open at a specific level of earthquake
loading, initiating rigid-body rocking within the system.
The rocking behaviour softens the lateral force and
provides the drift response for the system without
damaging the structural members. Self-centring systems
usually provide a restoring force to return the structure to
its initial position after the earthquake. These systems
typically have an energy dissipation feature that is
activated by the rocking behaviour, which results in a
reduction of peak seismic response.

1
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2
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The self-centring concept was first developed for concrete
structures. Priestley et al. [1] carried out an experiment on
unbounded prestressed and post-tensioned concrete
frames. The results proved that the building had low
structural damage and low residual drift. Based on the
same concept, self-centring systems were developed for
steel structures [2].
Recently, friction dampers have been widely used in
buildings due to their high-energy dissipation potential,
cost efficiency and their undemanding application.
Friction dampers require a force higher than their sliding
force to commence their function. When the friction
connection starts to work, a part of the input energy will
be converted to thermal energy and appears in terms of
temperature. Since the friction dampers have shown
promising performance and high efficiency in dynamic
loadings, many researchers have both theoretically and
experimentally studied this type of passive control
system.
The slotted bolted connection introduced by Popov and
Yang [3], is categorised as a friction damper that can
provide ductility as well as energy dissipation. In this
connection, the sliding occurs at a specified force which
indeed can be determined by knowing the value of
clamping force and coefficient of friction between sliding
surfaces.
Clifton [4] developed a new concept regarded as a lowdamage system which is known as a sliding hinge joint
(SHJ). This joint is used in moment resisting frame as an

3
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approach to increase the rotational capacity of the
connection and form a semi-rigid connection.
In SHJ, unlike the conventional elasto-plastic beam,
inelastic demand is concentrated in the connection to
avoid hinge formation in the beam. The SHJ has
advantages comparing to traditional rigid beam-column
connections. The merits include decoupling of the
moment frame strength and stiffness and reducing the
section size of the members.
This study investigates the ductility that the RSF joints
can provide for the timber-steel hybrid structure.
Furthermore, the dynamic response of the building
equipped with the RSF joints is assessed. The connection
has been patented by Zarnani and Quenneville [5]. This
connection can provide self-centring for the structure and
add energy dissipation mechanism to the building. There
is a lack of self-centring in the conventional slip friction
joints, although some studies have been carried out to add
a self-centring feature to the connection [6]. The
introduced joint could address this shortcoming.

2 RESILIENT SLIP FRICTION JOINT
2.1 THEORY
The RSF configuration is presented in Figure 1, including
each of the joint components. The joint consists of two
cap plates and two middle plates. The components are
bolted together while the Belleville washers are
positioned on the cap plates. The plates have teeth shape
grooves to provide interlocking for the joint. The middle
plates as illustrated in Figure 1.b are provided with
elongated holes to allow the horizontal movement.
Belleville washers are also used to provide enough room
for vertical movements of the cap plates when the
connection is sliding.

c) Assembled RSF connection
Figure 1: Schematic model of RSF joint

The sliding force of the joint can be determined from
Equation (1) which has been obtained from the
equilibrium of forces acting on the slip friction plates.
sin 𝜃+𝜇𝑠 cos 𝜃
)
cos 𝜃 −𝜇𝑠 sin 𝜃

𝐹𝑠𝑙𝑖𝑝 = 2𝑛𝑏 𝐹𝑏,𝑝𝑟 (

(1)

In which 𝐹𝑏,𝑝𝑟 refers to the pre-stressing force of the bolt,
𝑛𝑏 stands for the number of bolts, 𝜃 is the cutting angle
of the grooves and 𝜇𝑠 presents the static coefficient of
friction.
As it is shown in Equation (2), the ultimate capacity of the
RSF joint, 𝐹𝑢 , can be driven by replacing 𝜇𝑠 and 𝐹𝑏,𝑝𝑟
with 𝜇𝑘 and 𝐹𝑏,𝑢 , respectively in Equation (1).
sin 𝜃+𝜇 cos 𝜃
)
𝑘 sin 𝜃

𝐹𝑢𝑙𝑡,𝑙𝑜𝑎𝑑𝑖𝑛𝑔 = 2𝑛𝑏 𝐹𝑏,𝑢 (cos 𝜃 −𝜇𝑘

(2)

where
𝜇𝑘 refers to the kinetic coefficient of friction and 𝐹𝑏,𝑢 is
the ultimate force to compress entirely the stack of
Belleville washers on both sides and can be calculated as
follows:
𝐹𝑏,𝑢 = 𝐹𝑏,𝑝𝑟 + 𝑘𝑒𝑞 ∆𝑚𝑎𝑥
(3)
where
𝑘𝑒𝑞 is the equivalent stiffness of the stack of washers at
one side of the bolt. ∆𝑚𝑎𝑥 is the maximum available
deflection of the group of washers at one side of the bolt
after applying the prestressing force.
The restoring force of the connection can also be obtained
by the following expression [5].
𝑠𝑖𝑛𝜃−𝜇 𝑐𝑜𝑠𝜃

𝐹𝑢𝑙𝑡,𝑢𝑛𝑙𝑜𝑎𝑑𝑖𝑛𝑔 = 2𝑛𝑏 𝐹𝑏,𝑢 ( 𝑐𝑜𝑛𝜃+𝜇𝑠 𝑠𝑖𝑛𝜃 )

a) Cap plate

𝑠

Figure 2 shows the ideal behaviour of an RSF joint and
specifies the position of defined parameters.

Fu,l

600
Force/Moment

400

Fu,unl

Fs

200
0

b) Middle plate

(4)

Δmax

-200

RSF hysteresis
curve

-400
-600

-30

-20

Displacement/Rotation
-10
0
10

20

Figure 2: Ideal hysteresis behaviour of an RSF joint

30
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the hysteresis behaviour of the RSF joints at each level of
the building can be defined by the presented equations.

2.2 EXPERIMENTAL VERIFICATION OF
THEORY OF RSF JOINT
A pilot study was carried out on the scaled RSF
connection. Based on the experimental results, the
theoretical formulas presented above are proven accurate
in predicting the hysteresis curve of the connection. The
connection is tested axially under static load protocol
(Figure 4), and the result matches up with the theory of
the joint. The result of the test with 40 kN sliding force is
shown in Figure 5.

3 ANALYTICAL MODEL
3.1 STRUCTURE DESCRIPTION
A 10-storey hybrid building (timber beams-steel columns)
with moment resisting frame system was considered for
this study. It was assumed that the building is located in
Wellington, New Zealand, which is regarded as a high
seismic zone, and a soil class C was chosen for the
analysis based on the New Zealand Standard for
Structural Design Actions [7]. Wellington has the highest
hazard factor compared to other cities in New Zealand and
therefore, it can refer to the most critical scenario. The
elevation and floor plan of the building are shown in
Figure 3. The floor plan is 27 m by 27 m, and the structure
has a floor height of four metres. The seismic masses for
each floor were calculated using the New Zealand
Standard for Structural Design Actions [7].

Figure 4: RSF component test

Under the axial loading, the joint initiated the sliding
when the applied force became higher than the sliding
force. Sliding lingers till the bolts touch the end of the
elongated holes. A number of tests are performed to assess
the theory of the sliding force and its relation to the prestressing force of the bolts. Furthermore, the friction
coefficient of the plates was determined by changing the
sliding level of the joint.
Theoretical hysteresis

a) Structural plan

Experimental result

Force (kN)

100
50
0
-50
-100

-10

-5

0
5
Displacement (mm)

10

Figure 5: Experimental and theoretical result of the RSF
connection

Since the theoretical expressions of the RSF joint are in
good agreement with the laboratory test results, it is
expected that the overall behaviour of connections with
higher capacity follows the same principals. Therefore,

b) 3D model
Figure 3: Structural configuration

WCTE 2016 e-book | 5002

3.2 EQUIVALENT STATIC ANALYSIS
The structure is modelled in 3D using SAP 2000
programme. The equivalent static method was carried out
to determine the section size of the beams and the
columns. The ductility factor of one is considered for the
building since the formation of hinges in timber beams is
not permitted, and it is not preferable to have plastic
hinges in the columns. Given that the centre columns are
just carrying gravity loads (as illustrated in Figure 1), the
outer frames and the columns withstand the lateral load,
Table 1 shows the section size of the members.
Table 1: Members and materials properties for a building with
ductility level of one

Story
1-5
6-10
Column
Beam

Outer Frame
Inner Frame
Column
Beam
Column
Beam
Box
85x63
Box
70x54
45x45x3
45x45x3
Box
85x63
Box
70x54
35x35x2.5
35x35x2.5
Material properties
Hot-rolled Steel
LVL 11

3.3 CHARACTERISTICS OF THE RSF JOINTS
Based on the study conducted by the authors [8], the
structural response regarding base shear and top floor
displacement of the structure is highly dependent on the
slip load and the travel length of each friction damper.
When the sliding load is high, the slip does not occur.
Therefore, the energy dissipation in the connection is
negligible. Another undesirable effect also exists when
the slip initiation loads are small, which leads to
insignificant energy dissipation and higher structural
response. There is an area in this range that can result in a
minimum base shear or a top floor displacement of a
structure. It was observed from the numerical analysis that
a sliding force ranging between 50 to 75 percent of the
design load leads to minimum responses.
The minimum threshold for the sliding force is the
serviceability load. Hence, the connections should be
designed to avoid sliding under such circumstances. As an
upper threshold for sliding force, friction connections are
expected to slip before the structural members yield. In
general, the lower limit should be higher than the
serviceability load.
Hence, the sliding forces are chosen to satisfy this
criterion with respect to the maximum bending demand of
the beams in each storey. Table 2 presents the
characteristics of the RSF connections in each floor.

Table 2: Characteristics of the RSF connections for a building
with ductility level of one

Story

No. of
Belleville
washers

No.
of
bolts

Prestressing
force per
bolt (kN)

Sliding
moment
(kN-m)

1
2
3
4
5
6
7
8
9
10

5
5
5
5
5
5
5
5
5
5

15
15
15
15
15
15
9
9
6
4

55
55
55
55
55
55
55
55
55
45

929.9
929.9
929.9
929.9
929.9
929.9
557.6
557.6
371.45
202.3

Fsliding/
Fultimate
Ratio
(%)
57.5
52
53.1
56.1
61.2
69.9
50
65.8
62.3
70.3

3.4 RSF ANALYTICAL MODELLING
The RSFJs are modelled using a friction-damper spring
(DFS) link. This link presents a flag-shape behaviour of
the joint and if the bolt travels to the end of the slotted
hole at the drift of 2.5%, the RSFJ acts as a conventional
MRF connection. The loop hysteresis for the tested
specimen is separately modelled by DFS link to confirm
that the DFS link is capable of illustrating the hysteresis
behaviour of an RSF joint. Figure 6 demonstrates that the
analytical result is matching to the experimental result.
DFS link

100

Force (kN)

The joint moment demands were determined through the
equivalent static analysis regarding a structural ductility
level (μ) of one. The building was designed with a damage
avoidance philosophy, with the aim of being ready for reoccupancy after experiencing the design basic earthquake
(DBE). The DBE refers to a ground motion with a 500
year return period for this normal importance building.

Experimental result

50
0
-50

-100

-10

-5
0
5
Displacement (mm)

10

Figure 6: Comparison of experimental result with link element

The small variation between the experimental result, the
theoretical hysteresis and the DFS link behaviour in
Figures 5 and 6 stem from the existence of a small gap
between the specimen and the testing machine which
resulted in this discrepancy in half of the graph when the
specimen was in compression.
3.5 PUSH-OVER ANALYSIS
A push-over numerical analysis was performed on the
building designed with a ductility level of one and
equipped with RSF joints to obtain the modified
displacement ductility factor for the building and evaluate
the performance of the structure. The pushover is
expected to provide information on many response
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𝛿𝑡 = 𝐶0 𝐶1 𝐶2 𝐶3 𝑆𝑎

𝑇𝑒2
𝑔
4𝜋2

(4)

where 𝐶0 is a modification factor to relate spectral
displacement of an equivalent SDOF system to the roof
displacement of the building, 𝐶1 is a modification factor
to relate expected maximum inelastic displacements to
displacements calculated for linear elastic response, 𝐶2 is
a modification factor to represent the effect of pinched
hysteretic shape, stiffness degradation and strength
deterioration on maximum displacement response, 𝐶3 is a
factor to include dynamic P-Δ effects, 𝑆𝑎 is the response
spectrum acceleration for the building and 𝑇𝑒 stands for
the fundamental period of the structure [9]. Based on the
above expression the target displacement of 55cm is
obtained for the building.
Ductility is defined as an ability of a building to show
inelastic behaviour while resisting significant force and
absorbing energy. Displacement ductility ratio is
determined as a ratio of maximum inelastic displacement
(𝛥𝑚 ) to yielding displacement (𝛥𝑦 ).

𝜇𝛥 =

𝛥𝑚
𝛥𝑦

(5)

The result of the push-over analysis is shown in Figure 7
where the bilinear elasto-plastic behaviour of the building
was drawn based on the equal energy method. In this
approach, the area surrounded by the actual behaviour
above the elasto-plastic approximation should be equal to
the area enclosed by the real behaviour below the elastoplastic approximation. Consequently, the displacement
ductility ratio of two is calculated for the building.
Actual Behaviour-μ=2

Actual behaviour-μ=1

Bilinear behaviour-μ=1

Bilinear behaviour-μ=2

Base Shear (kN)

6000

Performance
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7
6
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4
3
2
1
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0.45
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Displacement (m)
Figure 7: Push-over analysis result for two buildings with
different ductility levels

The performance point can also be obtained by
superimposing capacity spectrum and demand spectrum
where the intersection point of these two curves specifies
performance point [10].
The performance point of the building is presented in
Figure 7. The performance displacement of the structure
is 36 cm with the base shear of 4593kN.

0.5

1

1.5

2

2.5

Drift (%)
Figure 8: Drift diagram for push-over analysis

3.6 DESIGN OF THE NEW BUILDING WITH
MODIFIED DUCTILITY
A new building was designed using the obtained ductility
of two and the member sizes are optimised as indicated in
Table 3. In this section, the validity of the calculated
ductility will be checked.
Table 3: Members and materials properties for a building with
ductility level of 2

Story
1-6
7-10

4000

0

The drift diagram presented in Figure 8 shows the
behaviour of the RSF joints and their participation in the
overall drift of the building. It can be observed that the
first storey and the last three storeys have less than 1.5%
drift and are not fully opened, so it might be possible to
increase the inter-storey drift in some storeys by reducing
the sliding level of RSF joints to provide more uniform
inter-storey drift distribution.

Storey level

characteristics that cannot be obtained from an elastic
static or dynamic analysis.
The initial target displacement (δt) is calculated using
Equation (4) [9].

Column
Beam

Outer Frame
Inner Frame
Column
Beam
Column
Beam
Box
80x60
Box
61x45
40x40x2.5
40x40x2.5
Box
80x60
Box
61x45
35x35x2
35x35x2
Material properties
Hot-rolled Steel
LVL 11

Members’ section sizes were decreased since the building
was designed with the ductility of two but this reduction
in the size of beams section could have been more since
the demand was considerably reduced. However, this was
not achievable since the drift was exceeding the limitation
of 2.5%.
It is expected that in a building with more spans, the
demand in the beams can be much closer to the capacity
of the members that are satisfying the drift criterion.
The characteristics of the RSF connection are shown in
Table 4.
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The response spectra of the chosen ground motions are
shown in Figure 9.

Table 4: Characteristics of the RSF connections for a building
with ductility level of 2

1
2
3
4
5
6
7
8
9
10

No. of
Belleville
washers
5
5
5
5
5
5
5
5
5
5

No.
of
bolts
9
9
9
9
9
9
6
6
4
4

Prestressing
force per
bolt (kN)
55
55
55
55
55
55
55
55
45
20

Sliding
moment
(kN-m)
524.8
524.8
524.8
524.8
524.8
524.8
349.6
349.6
191.2
105.6

Fsliding/Fultimate
Ratio (%)
61.7
55.2
57.6
59.1
63.9
70
52.2
65.1
64.5
73.3

1.5
1
0.5

0

1

2
Period (sec)

3

4

Figure 9: Ground motions response spectra

5 ANALYSIS AND RESULTS
Time history analysis results were arranged in the form of
base shear, absolute displacement and acceleration of the
top floor.
Results show the response of the elastic building and the
same building equipped with RSF connections. The effect
of RSF joints on seismic responses can be easily noticed
by comparing the values presented in the following tables.
A significant response reduction in terms of base shear for
the structure equipped with RSF connections is
noticeable, comparing to the elastic structures. The
maximum top floor displacements of the unequipped
structures are smaller than the same value for building
using RSF joints since the ductility of the system is
increased, and the structure is allowed to have more
displacement in the range of acceptable criteria. It can also
be observed that the maximum accelerations considerably
decreased in the structures equipped with RSF joints
compared with the unequipped structures.

The push-over analysis was repeated for the new structure
to check the correctness of the ductility. The result of the
analysis is presented in Figure 7 in which the graph
corroborates the accuracy of the calculated ductility value
of 2.

4 TIME HISTORY ANALYSIS
4.1 GROUND MOTIONS AND PERFORMANCE
LEVELS
The time-history analysis was undertaken with three
ground motions developed by Oyarzo-Vera et al. [11] for
the North Island of New Zealand (Table 5). The spectra
are scaled to match the design basis earthquake, which
refers to an earthquake with a 500-year return period that
stands for the earthquake having 10% probability of
exceedance in 50 years (i.e. 475 years return period). Base
shear scaling was also applied to match up the time history
values to the equivalent static method values.

5.1 MAXIMUM BASE SHEAR

Table 5: Ground motion records

Year
1979
2003
1978

Hokkaido
Design spectra

2

0

3.7 PUSH-OVER ANALYSIS OF THE MODIFIED
BUILDING

Record
Elcentro, Imperial Valley
HKD085, Hokkaido, Japan
Tabas, Iran

2.5
Acceleration (g)

Story

Elcentro
Tabas

The maximum values of displacement when the RSF joint
is used are given in Table 6. It can be observed that the
maximum base shear reduction is varying from 19.9% to
32.7% and from 41.4% to 49.6% under different ground
motions regarding the structures with ductility of one and
two respectively.
The time history of the base shear for two buildings is
plotted in Figures 10 and 11.

DBE scale factor
0.47
0.55
0.41

Table 6: Base shear

Record

Elcentro
Hokkaido
Tabas

Base
Reaction
Without RSFJ
(μ=1) (kN)
5787.9
5821.9
5815.8

Base
Reaction
With RSFJ
(μ=1) (kN)
3894.5
4500.7
4660.2

Reduction
(%)
32.7
22.7
19.9

Base
Reaction
Without RSFJ
(μ=2) (kN)
5144.2
4475.4
5163.4

Base
Reaction
With RSFJ
(μ=2) (kN)
2659.7
2253
3025.8

Reduction
(%)
48.3
49.6
41.4
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50

Figure 10: The response of the structure with ductility level of 1
to different earthquakes
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Figure 11: The response of the structure with ductility level of 2
to different earthquakes

5.2 SELF-CENTRING AND MAXIMUM
DISPLACEMENT
The maximum values of displacement when RSF
connections were used are given in Table 7. It is shown
that the maximum top floor displacement was increased
due to the existence of the RSF joints while this value is
still satisfying the allowable displacement criteria.
Therefore, by installing RSF joints in the system, the
buildings are allowed to have more horizontal deflection
while the horizontal deflection should still be in the
acceptable range.
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Table 7: Top floor displacement

Record
Elcentro
Hokkaido
Tabas

Displacement
Without RSFJ
(μ=1) (m)
0.27
0.3
0.3

Displacement
With RSFJ
(μ=1) (m)
0.31
0.32
0.33

Increase (%)
15.3
7.6
11.2

More importantly, it is showed in Figures 12 and 13 that
the buildings regained their initial position and
demonstrated self-centring behaviour during different
ground motions.
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Figure 12: The variation of top floor displacement for the
structure with ductility level of 2 for different ground motions.
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5.3 MAXIMUM ACCELERATION
The maximum values of acceleration when RFS joints
were used are given in Table 8. It can be observed that the
maximum base shear decreases effectively. The reduction
is varying from 11.3% to 30.1% and from 35% to 39.9%
for different ground motions regarding the structures with
ductility of one and two respectively.

b) ElCentro ground motion
Figure 11: The variation of top floor displacement for the
structure with ductility level of 1 for different ground motions.
Table 8: Top floor acceleration

Record
Elcentro
Hokkaido
Tabas

Acceleration
Without RSFJ
(μ=1) (m/s2)
4.19
4.32
5.5

Acceleration
With RSFJ
(μ=1) (m/s2)
2.93
3.59
4.88

Reduction
(%)
30.1
16.9
11.3

Acceleration
Without RSFJ
(μ=2) (m/s2)
4.99
4.4
5.88

Acceleration
With RSFJ
(μ=2) (m/s2)
3
2.8
3.82

Reduction
(%)
39.9
35.2
35

Building Without RSF-μ=1
Building With RSF-μ=1
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Figure 13: The variation of top floor acceleration for the
structure with ductility level of 1 due to different ground
motions.
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Regarding the RSF joints behaviour during the seismic
excitations, they have demonstrated a flag shape
hysteretic curve specific to such class of self-centring
damper. The hysteresis behaviour corroborates that the
employed DFS link in the numerical analysis can
represent the behaviour of the RSF joints. Figure 15
demonstrates the hysteresis behaviour of the third floor
joint of the buildings with different ductility level during
three ground motions.
It can be concluded that the RSF connection reduces the
members’ demand and the base shear while increasing the
inelastic horizontal deflection, the ductility level, and
floor displacements of the structure. Furthermore, the
maximum floor acceleration is effectively decreased
under seismic excitations.
The hysteresis curves of the RSF link show that the joint
experienced a maximum of 1% drift during different DBE
ground motions.
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5.4 HYSTERESIS LOOP OF RSF JOINTS
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Figure 14: The variation of top floor displacement for the
structure with ductility level of 2 due to different ground
motions.
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Figure 15: Third floor’s RSF joint behaviour due to different
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6 CONCLUSIONS
A new resilient beam to column connection for a hybrid
moment-resisting frame (Timber beam-steel column)
structure is introduced. The proposed RSF connection
could be considered as a damage avoidance connection
with the self-centring feature and the energy dissipation
capacities. A joint component testing was conducted to
obtain the hysteresis loop of the connection and employ
the result for designing the connections in the structures.
The nonlinear static pushover analysis was performed to
investigate the ductility factor and performance point of
the building frame. After the push-over analysis, the
building was designed using a new ductility level and a
nonlinear time history analysis was conducted to evaluate
the behaviour of the building equipped with the RSF
joints. The results confirm that utilising RSF connections,
significantly improved the seismic behaviour of the
structure.
The following conclusions can be drawn.
1. The resilient slip friction joints enhanced the seismic
performance of the building by absorbing part of the input
energy during an earthquake.
2. The structures equipped with the RSF joints came back
to their initial position with zero displacements.
3. The displacement ductility level of the hybrid building
increased when employing RSF connections.
4. Distribution of the RSF joints in the structure
effectively reduced the base shear which leads to a more
cost-efficient structure.
5. Structure equipped with RSF joints showed less
acceleration comparing to the normal structure while this
reduction decreases the inertial forces as well.
6. Given the competitive fabrication cost of RSF
connection, their relative independence to the
environmental conditions or characteristics of the action,
the RSF joints are a viable alternative to the classic
approach of earthquake protection of buildings.
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EXPERIMENTAL TESTING OF STEEL-WOOD-STEEL GLULAM
FRAME BOLTED CONNECTIONS
Sam Salem1

ABSTRACT: The performance of structural members made of engineered-wood products such as glue-laminated timber
(Glulam) is greatly influenced by the capacity of their connections. Outcomes of an experimental study undertaken to
evaluate the strength and stiffness of steel-wood-steel glulam frame connections are analysed and presented in this paper.
Eight full-size glulam beam-to-column connection assemblies were examined under static bending. Two test variables
including bolt’s end distance and bolt patterns were investigated. Experimental results revealed that increasing the number
of bolt rows from two to three, increased the moment capacity of the connections with four-times bolt diameter end
distance more considerably than those with five-times bolt diameter end distance. However, the incremental increase in
the connection moment capacity from a greater bolt’s end distance was more pronounced in the connections with two
rows of bolts compared to those using three rows of bolts.
KEYWORDS: Heavy timber construction, Glue-laminated timber, Steel plates, Beam-to-column connections, Moment
capacity, Failure modes.

1 INTRODUCTION 123
In North America, the primary approach has been to
design the structural connections of engineered-wood
products, such as glue-laminated timber (Glulam),
according to the design procedure followed for equivalent
connections in sawn lumber. This ineffective approach
results in oversized connections and inefficient design.
Classical wood connections, such as those mainly
depending on using bolts, nails or screws, do not
completely fulfil the requirements of performance and
cost efficiency when using heavy engineered-wood
sections, such as glulam sections [1]. A number of
researchers also suggest that structural design distinction
should be made between engineered-wood products that
are high resistant to splitting at connections and those that
are not [2,3]. In fact, this important finding has shown that
the full potential of engineered-wood products such as
glulam is not being exploited in many wood design and
construction applications, and that the assumption of
equivalency to connections in sawn lumber is not
generally valid [4,5]. Moreover, the use of metallic
connectors, such as dowels, bolts and screws, can provide
heavy timber connections with an increased source of
ductility and energy dissipation, which can reduce the
severity of brittle failure modes in such connections [6,7].
1
Sam Salem, Ph.D., P.Eng. Assistant Professor, Dept. of Civil
Eng., Lakehead University, Canada, sam.salem@lakeheadu.ca

Generally speaking, the performance of structural
members made of engineered-wood products, such as
glulam, in buildings is largely influenced by the capacity
of their connections [8]. As a result, adequate selection
and design of reliable and efficient structural connections
in heavy timber buildings is very crucial, and actually
requires extensive research and study.
To this end, an experimental study was conducted to
evaluate the strength of beam-to-column glulam bolted
connections in the Structures Laboratory at Lakehead
University. In this study, eight full-size glulam frame
connection assemblies were examined. For the research
project presented in this paper, two test variables
including bolt’s end distance and number of bolt rows in
one steel-wood-steel connection configuration were
investigated. Adequate bolt’s end distance is generally
required to minimise the severity of brittle failures in
timber connections [9,10]. The current Canadian Wood
Design Handbook recommends bolt’s end distance of
five-times and four-times bolt diameter for connections
resisting tensile and compressive axial loads, respectively
[11]. In case of timber connections that involve both
tensile and compressive stresses, such as the case in
moment-resisting
connections,
conservative
recommendations would be considering a distance of
five-times bolt diameter as the minimum bolt’s end
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distance. However, a smaller end distance of four-times
bolt diameter was deliberately used in this study to
observe the actual failure modes of glulam connections
with reduced end distance, as compared to those with the
code-specified end distance of five-times bolt diameter.

distance of five-times bolt diameter. Figure 1 shows a
general test assembly with four steel bolts in two rows in
each connected part, while Figure 2 shows a test assembly
with six steel bolts in three rows in each connected part.

2 EXPERIMENTAL TESTING
Each test assembly was composed of two glulam beams
that were connected to a short glulam column in the
middle. One beam-to-column connection configuration
with two test variables was employed in all test
assemblies. Glulam beam-column assemblies were
gradually loaded to failure in order to evaluate their
maximum moment strength and stiffness, as well as to
observe possible failure modes as test variables were
changed.
2.1 MATERIALS
All test assemblies were made of black spruce glulam
rectangular sections (318 mm x 137 mm), with stress
grade of 24F-ES/NPG and architectural appearance grade
[12]. The principle mechanical design properties of the
utilized glulam sections in the longitudinal direction are
listed in Table 1.
Table 1: Mechanical properties of glulam sections

Property
Comp. parallel to grain
Comp. perp. to grain
Tension parallel to grain
Modulus of elasticity
Modulus of rupture

Figure 1: General glulam beam-to-column connection test
assembly with four bolts in two rows in each connected part

Strength
(MPa)
33.0
7.5
20.4
13100
30.7

Glulam beams were connected to their supporting glulam
column using two large 12.7 mm- (1/2 inch) thick plates
of 300W grade steel. Plates were secured to the test
assembly using 19.1 mm- (3/4 inch) diameter A325 high
strength steel bolts with a total length of 175 mm.
2.2 TEST ASSEMBLIES DETAILS
Four different beam-column test assemblies with one
steel-wood-steel
connection
configuration
were
examined. Each test was conducted twice to validate the
obtained experimental results. Two out of the four
different test assemblies presented in this paper had four
A325 high strength steel bolts with 19.1 mm (3/4 inch)
diameter in each connected part, e.g., beam and column.
While the other two assemblies had six bolts made of the
same material and diameter in each connected part.
Adequate number of holes were drilled into the beam and
column sections to match the holes in the steel connecting
plates. For each two connection assemblies having the
same number of bolts, two different bolt’s end distances
were used. One end distance was taken as four-times bolt
diameter, while the other end distance was taken as fivetimes bolt diameter. The smaller end distance, the fourtimes bolt diameter, was deliberately used to observe the
failure mode of glulam connections with reduced end
distance as compared to those with the code-specified end

Figure 2: General glulam beam-to-column connection test
assembly with six bolts in three rows in each connected part

Test designations and relevant details of the eight
assemblies tested in this project are summarized in Table
2.
Table 2: End distances and numbers of bolts used in tests

Test No.
1(A and B)
2(A and B)
3(A and B)
4(A and B)

End Distance
4 times bolt dia.
4 times bolt dia.
5 times bolt dia.
5 times bolt dia.

No. of Bolts
3 X 4 bolts
3 X 6 bolts
3 X 4 bolts
3 X 6 bolts
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2.3 TEST SETUP AND PROCEDURE
Each test assembly was inversely carried on two supports
3200 mm apart, which were secured to a steel I-beam that
had been placed within a large universal testing machine.
Test assemblies were gradually loaded to their failure in
order to evaluate their connections’ ultimate moment
capacities, stiffness and possible modes of failure as test
variables were changed. Six linear variable differential
transducers (LVDTs) and one string gauge were installed
and attached to each test assembly in order to monitor the
vertical deflections at various locations on the test
assemblies, i.e., centre point, near the supports, and near
the column. A general test setup along with the layout of
the installed LVDTs (T1 through T6) and the string gauge
(T7) is shown in Figure 3. LVDTs T1 and T6 were used
to measure the beam vertical displacements near the leftand right-side supports, respectively. LVDTs T2 and T3
were used to measure the vertical displacements of the
beam on the left side of the column, which were
subsequently used to calculate the left-side connection
rotations. While the measurements of T4 and T5 were
used to calculate the right-side connection rotations. The
string gauge T7 was used to measure the assembly’s
middle deflections.

3 EXPERIMENTAL RESULTS
The vertical displacements measured by the LDVTs were
used to calculate the resulting gradually-increased
rotations at the beam-to-column interface as the applied
loads were increased leading one of the connections to
reach its ultimate moment capacity. As shown in Figure
3, sensors T2 and T3 were used to determine the rotations
of the left-side beam-to-column connection, while sensors
T4 and T5 were used to determine the rotations of the
right-side connection. Rotation outcomes for both sides
were found to be in good agreement for most of tests
duration so far. However, results shown in this paper are
based on the side of the beam-column assembly that
experienced greater rotation values. Considering the
connection moment arm equal to the distance from the
centre of the far support to the end of the glulam beam at
the connection interface, and assuming that the reaction at
any of the supports equal to half the measured load
magnitudes applied on the column, the moment values of
the beam-to-column connection were determined.
3.1 EFFECTS OF BOLT’S END DISTANCE ON
CONNECTION’S ROTATION AND MOMENT
CAPACITY
Figure 5 illustrates the moment-rotation relationship
observed in test groups 1 and 3 using four bolts; with fourand five-times bolt diameter end distances, respectively.
In each group, tests A and B followed similar trends with
respect to the applied moments and resulting rotations so
far. Increasing the bolt’s end distance from four- to fivetimes bolt diameter resulted in a slight increase in the
moment capacity of the connection. Maximum moments
of 37.4 kN.m and 42.2 kN.m were observed in Tests 1B
and 3A, respectively, with an increase of about 13%.

3400mm

Figure 3: Test setup and dimensions of a general glulam
beam-column test assembly
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During testing, damages to the glulam beams were
marked and numbered to document the propagation and
nature of the failure in each test assembly. Unfortunately,
this only happened to cracks and splits that became visible
once they extended outside the steel plates’ boundaries.
Figure 4 shows one of the beam-column assemblies
during testing, with instrumentation attached and
connected to the data acquisition system.
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Figure 5: Moment-rotation relationships of test assemblies 1
and 3 with four bolts, four- and five-times bolt dia. end
distances, respectively
Figure 4: Glulam beam-column assembly undergoing testing
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Test groups 2 and 4 used six bolts in the connections with
four- and five-times bolt diameter end distances,
respectively. The results of tests A and B in group 4 with
five-times bolt diameter end distance yielded very similar
curves and were in good agreement with each other during
most of test durations, Figure 6.

the assemblies in Test 1 with four bolts experienced
considerably less rotations than those in Test 2 with six
bolts. However, the maximum moments resisted by the
connections of Test 2 assemblies were calculated at 42.4
kN.m in Test 2A compared to 37.4 kN.m in Test 1B.
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Figure 6: Moment-rotation relationships of test assemblies 2
and 4 with six bolts, four- and five-times bolt dia. end
distances, respectively
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Figure 7: Moment-rotation relationships of test assemblies 1
and 2 with four-times bolt dia. end distance, four and six bolts,
respectively

Increasing the bolt’s end distance from four- to five-times
bolt diameter while using six bolts in each connection
resulted in slight increase in the connection moment
capacity, with a maximum moment of 45.2 kN.m
observed in Test 4A in comparison to Test 2A with a
maximum moment of 42.4 kN.m. This reflects an
approximate increase of about 7% in the connection
moment capacity with the increase of the bolt’s end
distance from four- to five-times bolt diameter. It also was
observed that both connections, each with six bolts,
performed slightly better than those with four bolts
regardless of the end distance variable changing from
four- to five-times bolt diameter. However, it was seen
that the incremental increase in the beam-to-column
connection moment capacity related to the increase in the
bolt’s end distance was more pronounced when four bolts
were used in the connection in comparison to the cases
where six bolts were utilized.

The specified end distance of five-times bolt diameter was
utilized in test groups 3 and 4. Each glulam beam in test
group 3 was connected to the supporting column using
four bolts, while group 4 beams were connected using six
bolts. Very similar moment-rotation trends were observed
in this comparison with respect to the incremental
increase in the connection strength and stiffness with the
increase of the number of bolts used in each connection,
Figure 8. In general, test assemblies in group 4 had
slightly higher strength and stiffness compared to group 3
assemblies. The maximum moment applied to group 3 test
assemblies was 42.2 kN.m in Test 3A; however,
increasing the number of bolts to six raised the connection
moment capacity in group 4 to about 45.2 kN.m in Test
4A. This reflects an approximate increase of 7%, which is
almost the same strength increment gained with the
increase of the bolt’s end distance from four- to five-times
bolt diameter in the connections employed six bolts in
each connected part.

3.2 EFFECTS OF NUMBER OF BOLTS ON
CONNECTION’S ROTATION AND MOMENT
CAPACITY

In general, the connections of these test groups with fivetimes bolt diameter end distances had greater strength and
stiffness compared to the connections of test groups 1 and
2 with four-times bolt diameter end distances.

Tests 1 and 2 with four and six bolts, respectively, used a
reduced bolt’s end distance of four-times bolt diameter.
The moment-rotation relationships of test groups 1 and 2
are illustrated in Figure 7. Increasing the number of bolts,
while keeping the end distance the same, slightly
increased the strength of the connection, but not its
stiffness. As shown in Figure 7, at any applied moment,
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occur first along the line of the bottom row of bolts, which
eventually resulted in splitting or pull-out of the wood
between the end of the beam and the first bolt in this row,
then between the first and second bolt in the same row, as
shown in Figure 9. This failure typically continued to
propagate past the bolt farthest from the end of the beam
as a longitudinal split in the glulam beam became visible
when it passed the steel plate boundaries during testing.
However, in glulam connections with five-times bolt
diameter end distances, the damage extended to the top
bolt row, which is in the compression side of the
connection, Figure 10.

Figure 8: Moment-rotation relationships of test assemblies 3
and 4 with five-times bolt dia. end distance, four and six bolts,
respectively

3.3 FAILURE MODES
A number of brittle failure modes, such as row shear-out
and splitting, were observed in all test assemblies. A fourbolt glulam beam-to-column connection with four-times
bolt diameter end distance loaded to failure can be seen in
Figure 9.

Figure 10: Typical failure modes in a glulam connection of
four bolts in two rows with five-times bolt dia. end distance

In the connections with six bolts, also brittle failures first
occurred along the line of the bottom row of bolts, similar
to the failure modes occurred in the four-bolt connections.
This first sign of connection failure seen along the bottom
row of bolts was then followed by similar trends of failure
seen along the middle row of bolts, and eventually in the
top row of bolts but with less significance. However, in
Test 4A connections with six bolts and five-times bolt
diameter end distance, the splitting or shear-out failure
modes were very noticeable in all three rows of bolts.
Figures 11 and 12 show the observed failure modes in
Test 2A and Test 4A beams, both connected with six bolts
and having four- and five-times bolt diameter end
distances, respectively.
Figure 9: Typical failure modes in a glulam connection of four
bolts in two rows with four-times bolt dia. end distance

For all connections, almost no deformations were
observed in any of the connecting steel bolts. Failures of
the glulam beam-to-column connections were observed to
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Figure 11: Typical failure modes in a glulam connection of six
bolts in three rows with four-times bolt dia. end distance

Figure 13: Brittle failure modes in Test 4A glulam beamcolumn assembly of six bolts in three rows in each connected
part with five-times bolt dia. end distances

No crushing or compression failure were observed in the
connections, or anywhere along the top fibres of the beam.
Only the glulam column in a number of tests experienced
slight impact from the sides due to the excessively
increased compressive forces transferred from the
connected glulam beams at their top fibre level, Figure 14.

Figure 12: Typical failure modes in a glulam connection of six
bolts in three rows with five-times bolt dia. end distance

In general, failure modes in the glulam beam connections
with six bolts in three rows were more severe compared
to the connections with four bolts in two rows. This can
be interpreted as that the addition of extra row of bolts in
the middle mobilized a greater portion of the wood cross
section in order to sustain the applied loads and to resist
the gradually-increased beam rotations. Figure 13 shows
the different failure modes experienced in the strongest
glulam beam-column assembly presented in this paper,
which was loaded to failure in Test 4A utilizing six bolts
in three rows in each connected part along with five-times
bolt diameter end distances.

Figure 14: Impact on the column sides due to the increased
compressive forces transferred from the connected beams
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Generally speaking, failures of the glulam beam-tocolumn connections were based primarily on the wood
section resisting the row shear-out failure mode driven by
the stresses developed at the wood-bolt interface in one or
more row of bolts.
3.4 SUMMARY OF TEST RESULTS
Adequate bolt’s end distance is generally required to
avoid brittle failure modes; however, a smaller end
distance of four-times bolt diameter was deliberately used
in this study to observe the actual failure mode of glulam
connections with reduced end distance as compared to
those with the code-specified end distance of five-times
bolt diameter. Table 3 provides a summary and
comparison of the maximum moments resisted by the
different glulam beam-to-column connections, as well as
the associated connection rotations.
Table 3: Connections’ maximum moments and rotations

Test
No.

End
Distance

1A
1B
2A
2B
3A
3B
4A
4B

4d
4d
4d
4d
5d
5d
5d
5d

No. of
Bolts
4
4
6
6
4
4
6
6

Max.
Moment
(kN.m)
33.8
37.4
42.4
36.7
42.2
37.4
45.2
44.1

Max.
Rotation
(rad)
0.236
0.150
0.370
0.369
0.179
0.196
0.334
0.293

4 CONCLUSIONS
According to the outcomes of the experimental study
presented in this paper, a number of conclusions have
been driven and are listed as follows;
1. Increasing the number of bolt rows from two to
three, increased the moment capacity of the
connections with four-times bolt diameter end
distance more considerably than those with fivetimes bolt diameter end distance;
2. The incremental increase in the connection
moment capacity from a greater bolt’s end
distance was more pronounced in the
connections with two rows of bolts compared to
those using three rows of bolts;
3. The beam-to-column connections with six bolts
had relatively greater strength and stiffness
compared to those with four bolts, regardless of
the end distance variable changing from four- to
five-times bolt diameter;
4. All test assemblies experienced brittle failure
modes with minimal deformations in the
connecting steel bolts, and almost no impact on
the supporting glulam column;
5. Brittle failure modes were more pronounced in
the six-bolt connections with three rows, in
particular in the connections with five-times bolt
diameter end distances;
6. The glulam beam-to-column connections’
moment capacities were primarily ruled by the

shear resistance of the wood section resisting the
row pull-out driven by the stresses developed at
the wood-bolt interface.

5 RECOMMENDATIONS
According to the experimental results obtained from this
research project, it was concluded that for the momentresisting glulam connections with the specific steel-woodsteel connection configuration as described in this paper,
increasing the bolt’s end distance from four- to five-times
bolt diameter was more significant in determining the
moment capacity of the connections used four bolts
compared to the connections used six bolts. Therefore, it
is recommended that for the application of glulam
moment-resisting steel-wood-steel connections, larger
bolt’s end distance is to be used. It is also recommended
that either four bolts in two rows or six bolts in three rows
are to be utilized in this type of connections, as the bolts
number related incremental change in the moment
capacity of the connections with five-times bolt diameter
end distance was marginal. The spectrum of this research
shall be expanded to investigate the effect of having the
six steel bolts arranged in two rows, each with three bolts,
instead of having them in three rows, each with two bolts.
Also, it is very crucial to develop a practical strengthening
technique by which the shear splitting and row pull-out
failure modes can be diminished. In addition, this type of
moment-resisting beam-to-column glulam connections
shall also be investigated for its fire resistance. Utilizing
a recently received major research fund with the
construction of the state-of-the-art structural fire testing
and research facility at Lakehead University, the author
will definitely expand the spectrum of this research
project to include a series of fire resistance experiments to
be conducted in the large-size fire testing furnace
accommodated in the new fire research facility. This
application of glulam structural members with momentresisting connections can be used in the construction of
mid- and high-rise wood buildings.
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REINFORCING GLUED LAMINATED TIMBER WITH AB INITIO
EMBEDDED STEEL SHEETS
Christoph Koj1, Martin Trautz2, Andrija Pranjic3
ABSTRACT: To enable high strength connections of glulam elements a new method of reinforcing the glulam with
steel sheets has been developed. The steel sheets are installed ‘ab initio’ during the production process of the glulam. In
the conducted series of test suitable adhesives and treatments of the steel surface have been selected and evaluated. The
tested joints show a good performance and a ductile load-bearing behaviour. In the course of the project the joining
methods will be transferred to life-size glulam elements.
KEYWORDS: timber connection, glued connection, steel sheets, reinforcement

1 INTRODUCTION 123
In engineered timber construction the connections
usually are the weakest parts of the structure, thus
defining the dimensions of the structural elements.
Therefore, the development of timber connections aims
at increasing both strength and stiffness of the joints.
Compared to mechanical fasteners glued connections
yield significantly higher strength and stiffness without
reduction of the load-bearing cross section or secondary
failure modes as splitting in nail or bolt connections.
Apart from glued finger-joints and scarf joints for timber
to timber connections various methods of gluing steel
elements into the timber have been developed over the
years. Glued-in steel rods are commonly used for local
reinforcements and high strength connections of timber
elements [1]. Glued-in perforated steel sheets serve as
high-strength shear connectors in timber-concretecomposite structures and have been applied for timbertimber connections as well ([2], [3], [4], [5]). The
preferred adhesives to bond steel elements to wood are
2K epoxy or polyurethan glues, due to their high strength
and gap filling capability. All these reinforcing and
joining methods add the bonding of steel elements as an
additional work step in the finishing of the glulam
members.
The Chair of Structures and Structural Design of RWTH
Aachen University is therefore researching, in
cooperation with the Institute of Building Materials
Research (ibac) and three industrial partners, a new way
to embed steel sheets ab initio in the glulam production
process. This method can generate synergies within the
production process and enables the use of adhesives that
require pressure during curing such as 1K-PUR glues.
The embedded thin steel sheets serve as local
1
Christoph Koj, Chair of Structures and Structural Design,
RWTH Aachen University, koj@trako.arch.rwth-aachen.de
2
Martin Trautz, Chair of Structures and Structural Design,
RWTH Aachen University, trautz@trako.arch.rwth-aachen.de
3
Andrija Pranjic, Chair of Structures and Structural Design,
RWTH Aachen University, pranjic@trako.arch.rwth-aachen.de

reinforcements to boost the strength of bolt and steel
plate connections and create high-performance glulam
joints.

2 EVALUATION OF STEEL-ADHESIVE
COMBINATIONS
To select suitable steel-adhesive combinations for the ab
initio installation of the steel sheets in the glulam,
different types of glue and steel lamellas have been
evaluated regarding the parameters bonding strength,
curing process of the glue, surface treatment of the steel,
resistance to corrosion and costs.
For the tests Jowat SE provided three adhesive types: a
2K-Epoxy (EP), a 1K-Polyurethan (PUR) and a 2K
Emulsion Polymer Isocyanate (EPI), while a common
Melamin Urea Formaldehyde adhesive (MUF) for
glulam production was tested for comparison.
The 2K-Epoxy adhesive consists of an epoxy-resin and
an amine-hardener and is suitable for bonding of steel
rods into glulam and for repair and filling of cracks in
timber and glulam elements. It is capable of bonding
various other materials as well, like metals, concrete,
stone and several plastics. It has a temperature resistance
of about 100 °C and can be applied in both indoor and
outdoor environment. At 20 °C the wet life is about half
an hour and it can be cured without pressure. Complete
curing takes 24 hour at room temperature. The contents
of the adhesive do not inflict high health hazards.
The 1K-Polyurethane adhesive is a fibre-reinforced
moisture-hardening system. The moisture needed for the
hardening reaction is taken out of the wood or the air,
thus a certain wood moisture is required. As the reaction
produces carbon dioxide a pressure of 0.6 to 1.0 N/mm²
is needed to prevent foaming of the adhesive layer which
would result in a significantly reduced strength of the
glue-line. The wet life is between 30 and 45 minutes
depending on the temperature, relative moisture and
wood moisture. The final strength is reached after 24
hours of curing. The adhesive has a general technical
approval for bonding of load-bearing timber structures
[6] and is approved for the production of glued
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laminated timber according to DIN EN 14080 (see [7]).
It has a good adhesion to metals and can thus be used to
bond and steel elements to the wood. It has to be
observed that the glue has a high content of isocyanates
and appropriate measures of occupational safety have to
be taken to prevent health hazards.
The EPI adhesive is a 2K-system of a copolymer
dispersion and an isocyanate hardener. Its recommended
scope of application is bonding of domestic or tropical
hard-woods (e.g. oak, beech, teak, meranti), wood with
high resin content (e.g. pine) or modified wood (e.g.
Accoya®, thermally treated wood). The manufacturer
claims that is suitable for wood moisture up to 15 % and
has a good temperature and water resistance and reaches
high strength even under long term loads. The usual
mixture is 100 weight portions of dispersion and 15
weight portions of hardener. For the envisaged bonding a
mixture of 100+7.5 was recommended by the project
partner, resulting in a better elasticity of the glue-line.
The pot life after mixing the components is up to one
hour. Within 10 minutes after application of the glue the
recommended pressure of 0.5 N/mm² has to be applied.
Longer pressing results in a higher strength of the bond.
It is possible to bond metals but one surface has to be
porous to absorb the surplus water from the dispersion.
As for the polyurethane adhesive the isocyanate hardener
is very hazardous to health and has to be handled with
care.
The standard adhesive used by the project partner
Hüttemann Holz in the glulam production process is a
2K-Melamin-urea-formaldehyde-system which hardens
with a polycondensation reaction induced by the acid
hardener. The usual mixture is 100 parts of resin and 20
parts of hardener. The required pressure is similar to the
1K-Polyurethane adhesive. In general MUF glues do not
have a good adhesion to metal surfaces because of their
hardness and brittleness as well as the slight shrinkage
during the hardening reaction. Therefore it seemed not
viable to bond the steel sheets into the glulam with the
same adhesive that is used in the glulam production.
The steel sheets (size 120x40x2 mm) were provided by
the project partner Pollmann & Sohn. They were made
of standard cold-rolled S235 grade steel with nontreated, sand-blasted, electro-galvanised and strip
galvanised surface and an A2 stainless steel with nontreated and sand-blasted surface.
The project partner Hüttemann Holz provided C24 grade
spruce lamellas that were cut to defect free test
specimens with a size of 80x40x40 mm in the wood
workshop of the Chair of Structures and Structural
Design.
All combinations of adhesives and steel sheets were
tested with the experimental setup shown in Figure 1.
For each combination 5 to 6 specimens were tested.
After cleaning the steel sheets with ethyl acetate, the
steel-wood specimen were joined and pressed with
clamps according to the reaction time of the employed
adhesive. Before testing they were kept in normal
climate for one week. The results of the tension shear
tests with mean shear strength and share of failure modes
are depicted in Figure 2.

Figure 1: Test setup for tension shear tests

Figure 2: Failure modes and mean shear strength of different
steel-wood combinations in the evaluation tests.

The PUR adhesive reached the highest shear strength
values except in combinations with raw and sendzimirgalvanized S 235. The EP adhesive showed a good bond
to all metal surfaces and high shear strength while the
EPI adhesive was prone to adhesive metal failure and
therefore had the lowest mean shear strength. In further
tests both adhesion and mean shear strength could be
significantly increased by pretreating the steel surfaces
with a primer. The shear strength of the MUF adhesive
was below the values of the EPI with a high percentage
of adhesive metal failure.
For the subsequent test programme it was agreed among
the project partners to use electro-galvanised steel as a
first choice as it combined good adhesion in the shear
tests with protection against corrosion, easy machining
and cost efficiency. Sandblasted and sendzimirgalvanised steel sheets were chosen as alternatives.
Stainless steel was not taken into further account due to
the high costs and the more difficult machining. It
remains an option in highly corrosive environments
though.
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3 EVALUATION OF THE GLULAM
PRODUCTION PROCESS FOR
INTEGRATION OF THE STEEL
SHEET EMBEDDING
The idea of the ‘ab initio’ embedding of the steel sheets
is to integrate the gluing of the steel reinforcements into
the automated production process of glued laminated
timber. To determine suitable timing and position for the
integration of the required additional work steps the
production process was analysed.
The first step is the automatic grading of the raw
lamellas including the cutting out of wood defects. The
required properties of the sorted lamellas can be adjusted
over a wide range of parameters and it would even be
possible to track single lamellas in the following process
steps.
The graded lamellas are then stacked and buffered
according the specific glulam elements that are
produced. It is possible to take specific lamellas out from
the buffer for external storage or to feed them into the
buffer from outside.
Once the lamellas are combined into an structural
element they are finger-jointed in a fully automated
process. After the finger-jointing the infinite lamella is
planed on both sides and cut to the final lengths.
Then the cut lamellas are buffered for some time before
the final assembly of the elements. The glue (in general
MUF) is then automatically applied, the lamellas are
stacked in the press bed and finally pressed for the
required period of time.
After the curing of the adhesive the glulam elements are
planed on the sides (about 5 mm) and cut to their final
length (about 3 to 5 cm on each end). Then the final
trimming is done, including shaping, milling, drilling of
holes, installation of connectors or application of
coatings.
The best location to integrate the embedding of the steel
sheets is the buffer before the application of the glue as
the wood lamellas are already cut and planed to their
final size. The notches for the steel sheets can be cut out
both manually or, in a later stage of development, in an
automated process. The cutting has to be done with a
sufficient precision to produce glue-lines of the required
thickness. The steel sheets can then be glued into the
notches and fixed in position. For this work step all
examined adhesives can be used. Nevertheless it has to
be observed that the required pressure can be applied
during the wet life of the adhesive. This requires a good
timing and immediate start of the final assembly after the
installation of the steel sheets. It could be of advantage
to use an adhesive that does not require any pressure
during curing. Therefore for the production tests the 2KEpoxy adhesive is favoured.
In the automated production process, on the upper side
of the embedded steel sheet the MUF adhesive used in
the process will be automatically applied as onto the rest
of the wood lamella. To avoid additional production
steps like covering or cleaning the steel surface, it would
be desirable to use the MUF adhesive to bond the upper
side of the steel sheet to the wood. To improve the
adhesion of the MUF, additional preparation of the steel

surface such as the application of a suitable primer are to
be considered. As a second option, if the glulam itself is
bonded with a PUR or EPI adhesive, this adhesive could
be used to bond both sides of the steel sheets, resulting in
a much more even load transfer between the steel
reinforcements and the wood.
When designing connections with embedded steel sheets
it has to be considered that the steel reinforcements have
to be positioned inside the glulam element with a
sufficient offset from the side and end surface to allow
planning and cutting of the ends. As the glulam elements
have to be cut their final length after pressing the steel
sheets may not protrude from the ends of the elements,
precluding a direct connection of external connectors to
the glued-in steel sheet reinforcements. Thus an indirect
way of load transfer has to be chosen when designing
connections with steel sheet reinforcements embedded
using the ‘ab initio’ production method.

4 SHORT TERM TESTS WITH
EMBEDDED STEEL SHEETS
Following the preliminary evaluation of steel-adhesive
combinations a number of test series have been
conducted with embedded steel sheets and larger size
specimens to examine the influence of various
parameters on the load bearing behaviour of the steelwood-bonding. The test setup is shown in Figure 3.

Figure 3: Test setup for pull-out tests with embedded steel
sheets.

The embedded steel sheet had the dimensions of
200x60x2.5 mm and an embedment length of 50 mm
resulting in a bonding surface of 3000 mm² on each side
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of the steel sheet. The steel grade and surface treatment
was similar to the evaluation tests.
The test specimens were glued together from two spruce
lamellas with the dimensions 400x80x40 mm resulting
in an 80x80 mm cross section of the final specimen. First
in one of the lamellas a notch was cut out using a
planning machine. Into this notch the steel sheet was
bonded. Finally the second lamella was glued onto the
first to complete the specimen.
For an easy integration into the glulam production
process one side of the steel sheet would be glued with a
high-performance adhesive while the other side would
be glued with the MUF adhesive. The MUF was thus
combined with PUR, EP and EPI adhesive and three
types of steel surfaces (sand-blasted = RG, electrogalvanised = GV and sendzimir-galvanised = SZ). The
mean ultimate loads can be taken from Table 1.
Table 1: Mean values of ultimate load from the pull-out tests
for different steel-adhesive combinations (upper side bonded
with MUF)

Adhesive
PUR
PUR
PUR
EPI7,5
EP
EP

Steel
sheet
GV
RG
SZ
GV
GV
RG

rmean
[kg/m³]
418
413
445
440
428
511

Fu,mean
[N]
14326
15515
16410
13883
15318
15937

COV
[%]
21.71
23.93
15.95
10.39
18.92
19.68

In the pull-out test an adhesive metal failure on the
MUF-bonded side followed by a wood shear failure on
the EP/PUR/EPI-bonded side was observed.

bond which takes place in a very short period of time
and thus causes an impact load on the remaining
adhesive bond (PUR, EP or EPI). This effect is visible in
Figure 6.

Figure 5: MUF-bonded surface of specimen 1A-PUR-GV-02
after the pull-out test

The following test series with a high-performance
adhesive applied on both sides of the steel sheets reached
significantly higher mean ultimate loads than with a onesided MUF-bond as can be seen from Table 2. If
possible in the production process both sides of the steel
sheets should be bonded with the same glue. At the
moment the PUR adhesive is the only testet one that
could practically be used for gluing both the steel
reinforcements and the glulam itself as it has the
required approvals.

Figure 4: PUR-bonded surface of specimen 1A-PUR-GV-02
after the pull-out test

Figure 4 shows a typical PUR-bonded electro-galvanised
steel surface after the pull-out test. There is almost no
adhesive failure visible and the rupture occurred in the
wood. On the opposite, the corresponding MUF-bonded
surface in Figure 5 shows a complete adhesive failure on
the steel surface. The change in colour results from the
impact of the acid hardener.
It could be observed that a low adhesive strength of the
MUF side corresponded with a high ultimate load of the
whole specimen and vice versa. This can be explained
with the load redistribution after the failure of the MUF

Figure 6: Comparison of the mean failure loads of the MUFbond and the complete bond for the tested steel-adhesive
combinations (upper side bonded with MUF; showing Maxand Min-values of ultimate load)
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Table 2: Mean values of ultimate load from the pull-out tests
for different steel-adhesive combinations (both sides bonded
with high-performance adhesive)

Adhesive
PUR-PUR
PUR-PUR
EPI-EPI
EP-EP

Steel
sheet
GV
SZ
GV
GV

rmean
[kg/m³]
400
420
460
433

Fu,mean
[N]
28068
24268
23681
23271

COV
[%]
2.51
23.68
7.12
3.95

The alternative to using the same adhesive on both sides
of the steel sheet is to improve the adhesion of the MUF
glue to the steel surface. While the adhesion on the two
galvanised surfaces is low due to their relatively
smoothness, the sand-blasted surface of the raw steel is
corroded by the acid hardener of the MUF glue with the
rust reducing the adhesion. The best way to improve the
adhesion of the MUF would be a pre-treatment with a
suitable primer.
In examinations on reinforcing timber elements with
glued-on steel strips Granholm [8] found that a coating
of the steel strips with a heat-curing epoxy-resin could
significantly improve the adhesion of a phenolic resin
which was the used to bond the pretreated steel strips to
the wood. Based on these findings it was tried to coat the
steel sheets with a thin layer of the 2K-Epoxy resin
before applying the MUF adhesive. The epoxy was put
on manually in a very thin layer (type A) and a slightly
thicker layer (type B) using a scraper. It can be done in
one work step with the bonding of the steel sheet into the
prepared notches in in wood surface. The epoxy
adhesive was given 24 hour to cure before the MUF
bonding was done. In the industrial production process a
curing time of 3 to 4 hours should be sufficient before
the application of the MUF adhesive. This time could be
further reduced if the curing is done at a higher
temperature. As an alternative the steel sheets can be
coated on one side in advance.
As can be seen from Figure 7, the bond of the MUF
could be improved in comparison to the uncoated test
series. Especially with the thin coating (type A) there
was no preliminary failure on the MUF-bonded side.
Therefore it should be preferred to the thicker coating
(type B).
In Table 3 the mean values of the ultimate load of the
pull-out tests with epoxy-coated steel sheet are listed. In
these test series there seems to be a slight correlation
between the density of the specimen and the ultimate
load. In most of the test series conducted in the project
no significant correlation between ultimate load and
wood density could be found due to the low number of 5
to 6 specimens per series, the big number of influential
parameters (adhesive type, steel surface, orientation of
bonding surface) and the different failure modes.
The project partner Jowat SE provided a polyurethanebased primer for the pre-treatment of the steel sheets that
was tested in combination with the EP, PUR and MUF
adhesive and different types of steel surfaces. The primer
was applied on both sides of the steel sheet with a paint
roller and dried for 24 hours before gluing.

Figure 7: Comparison of the mean failure loads of the MUFbond and the complete bond for combinations with EP
adhesive used for coating of the steel sheets (upper side bonded
with MUF; showing Max- and Min-values of ultimate load)
Table 3: Mean values of ultimate load from the pull-out tests
for combinations with EP adhesive used to coat the steel sheets
before bonding upper side with MUF (index A for thin coating,
index B for thick coating)

Adhesive
EP-A
EP-B
EP-A
EP-B

Steel
sheet
GV
GV
RG
RG

rmean
[kg/m³]
386
504
499
454

Fu,mean
[N]
16296
18523
17630
14797

COV
[%]
3.93
3.40
10.37
20.37

The mean ultimate loads of the pull-out tests with the
PUR-based primer are listed in Table 4. The primer
increased the ultimate load of the double-sided PUR
bonding on electro-galvanized steel by about 10 %. In
the series with EP on one side and MUF bond on the
other, a significantly higher ultimate load was achieved
with the PUR-based primer than with the EP coating as
shown in Table 3. Thus the PUR-based primer should be
preferred although it requires an additional work step for
application. It provided even a good load bearing
capacity in combinations with a two-sided MUF
bonding. Based on these tests, the use of MUF as the
sole adhesive for bonding in the steel sheets could be
reconsidered. Nevertheless additional testing under
climatic and long-term loads would be necessary to
ensure the viability of this option.
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Table 4: Mean values of ultimate load from the pull-out tests
for steel sheets coated with PUR-based primer (series EP-RGP with MUF bond on the upper side)

Adhesive
PUR-PUR
EP
MUF-MUF
MUF-MUF

Steel
sheet
GV-P
RG-P
GV-P
RG-P

Fu,mean [N]
31200
24200
20900
23500

COV
[%]
6.38
8.12
14.46
5.22

The thin glue-line of the ab initio bonding method,
compared to bonding steel elements into saw-cut kerfs,
results in a bigger influence of the bonding length, as
peak stresses at the end of the shear joints increase with
length and the glue-line has virtually no plastic
deformation. This can be seen from a comparison of the
mean shear strength of different tested bonding lengths
between 10 mm (preliminary evaluation tests) and
200 mm. Figure x depicts the mean tensile shear strength
as a function of bonding length for the combination of
PUR adhesive with electro-galvanised steel.

and the dried out to their original moisture in indoor
climate. The procedure was repeated until a delamination
of the glue-line occurred. Figure 9 shows a broken
specimen. It turned out that the durability of the adhesion
of the PUR adhesive on an electro-galvanised steel
surface was significantly reduced by the cyclic
treatment. The failure mode was, contrary to the pull-out
test, an adhesive metal failure across most of the bonding
surface.

Figure 9: Broken specimen after repeated soaking and drying
cycles with 160 mm width orthogonal to the grain and the
combination PUR-GV

From Figure 10 it can be seen that the specimens with a
bigger width failed after a lower number of moisture
change cycles but even the 40 mm wide specimens
showed the first cracks already after the third soaking.
For the reinforcements of large glulam elements the
width of the steel sheets should thus be as small as
possible. Instead of bonding one wide steel sheet it
would be preferable to use several more slender sheets to
avoid restraints due to swelling and shrinkage of the
wood.
Figure 8: Effect of bonding length on the mean tensile shear
strength for the combination PUR-GV

To reduce the stress peaks an optimisation of the steel
sheet geometry will be approached through experimental
tests and numerical simulations. It is intended to
examine the effect of local weakening of the steel sheets
by cut-outs or holes of different diameters positioned at
the ends of the sheet.

5 CLIMATE CHANGE AND LONG
TERM TESTS
Contrary to steel reinforcements in concrete, the use of
bonded steel elements in wood is prone to restraining
stresses caused by the different behaviour of the two
materials regarding temperature and moisture changes.
To examine the effects of climatic exposure, especially
repeated changes of the moisture content of the wood
resulting in swelling and shrinkage a series of tests was
conducted with the different bonding lengths orthogonal
to the grain. The test samples consisted of 60 mm wide
and 2.5 mm thick steel sheets bonded between two
40 mm thick wood blocks as can be seen from Figure 9.
The width of the specimens orthogonal to the grain was
40 mm, 80 mm and 160 mm. Different steel-adhesive
combinations are being tested in the ongoing project.
The specimens were soaked in cold water for one day

Figure 10: Time to failure of specimen with widths of 40 to
160 mm, EP or PUR bonding on GV type steel after repeated
cycles of soaking (WL) and drying (TR)

To study the long-term behaviour of the embedded steel
sheets under permanent loads and periodic climate
changes a series of tests was set up with the most
promising steel-adhesive combinations from the pull-out
tests. The choice of combinations considered both the
ultimate loads and the viability of the integration in the
industrial production process of the glulam. Initially two
combinations were chosen: the double-sided PUR
bonding with electro-galvanised steel sheets and the
sand-blasted steel that was coated with EP adhesive and
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bonded on one side with MUF glue. The test specimen
are similar to the ones used in the pull-out test (see
Figure 3) and loaded with 35 % of the ultimate shortterm load. The climate is changed on a weekly base
between 20 °C / 85 % RH and 45 °C / 40 % RH
according to the climate given in DIN EN 15416-3 for
creep tests of PUR-bonded glulam beams. The test setup
is depicted in Figure 11.

6 TEST OF CONNECTIONS WITH
EMBEDDED STEEL SHEETS
The final layout for the joints of life-size glulam
elements reinforced with ‘ab initio’ embedded steel sheet
is being developed on small-size specimens. The idea to
transfer the external forces into the steel sheet
reinforcements is to use slotted-in steel plates and selfdrilling dowels (type SFS WS-T). These dowels have a
cutting head that can penetrate 10 mm of mild steel (or
3x 5 mm), so that predrilling is not necessary and have
higher strength that conventional steel dowels. The first
pull-out test were done with specimens with two
embedded steel sheets (cross-section 120x80 mm), one
slotted-in steel plate with 6 mm in thickness and four
dowels WS-T 7.0x153. The chosen spacing and edge
distance of the dowels was below the minimum values
recommended by the manufacturer. The specimen and
test setup can be seem from Figure 12. The employed
steel-adhesive combinations were double-sided PUR
bonding with GV sheets and one-sided PUR bonding
with second side MUF bonding and GV sheets. Both
series contained three specimens each.

Figure 11: Test setup for the long-term loading under cyclic
climate change; load applied as dead load via lever
construction, deformations measured with dial indicators

The specimens with the combination PUR-GV failed
after the first change from moist to dry climate by
adhesive failure on the steel surface while the EP-A-RG
type specimens are still intact. Obviously under climatic
exposure the bond between the PUR adhesive and the
galvanised steel surface is not sufficient. This supports
the observations from the soaking tests.
As a conclusion the application of the PUR-based primer
was tested, that proved very effective in the pull-out tests
and will be employed in a second round of long-term
tests. Moreover the electro-galvanised steel sheets have
been produced with a higher surface roughness to
improve the adhesion.
After half a year of loading the residual load bearing
capacity of the remaining specimens will be examined in
pull-out tests.

Figure 12: Test setup and specimen for a tension joint with
embedded steel sheets and self-drilling dowels

The connection showed a very ductile load-bearing
behaviour in the tests. A typical load-deformation-curve
is presented in Figure 13.
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Figure 13: Load-deformation-curve of tension joint with
embedded steel sheets and self-drilling dowels (specimen PURPUR-GV-03)

As expected the dowels failed by bending and developed
plastic hinges at the points where they penetrated the
steel elements. The embedded steel sheets efficiently
prevented the splitting of the wood even with the
reduced spacing of the dowels. In the course of the
failure the dowels developed large plastic deformations
and even became visible above the top of the specimens.
With the double-sided PUR bond the dowels finally
failed with a tensile rupture as depicted in Figure 14.

Figure 14: Tensile failure of dowels in the tension joint with
double-sided PUR bonding of the steel reinforcements (type
PUR-PUR-GV)

The specimens glued with PUR and MUF adhesive
showed the same plastic deformation of the dowels but
the final rupture was triggered by an adhesive failure of
the MUF glue-line which resulted in the embedded steel
sheets being pulled out of the specimen (see Figure 15).

Figure 15: Failure of embedded steel sheets in series with
combined PUR and MUF bonding (type PUR-GV)

7 CONCLUSIONS
The ab initio bonding of steel sheets into glulam, which
is examined in an ongoing research project at the Chair
of Structures and Structural Design, aims to develop a
process-integrated reinforcement method for glulam
elements to enable high-performance joints. Various
combinations of adhesives and steel sheets have been
evaluated for the performance of the bond as well as cost
efficiency and handling. In further series of tests
influencing factors on the performance of the adhesive
bond such as geometry, climatic impact, long-term load
and production process have been determined. The best
results were achieved with a 1K-Polyurethan adhesive
and a 2K-Epoxy adhesive. It is recommendable to use a
primer for coating the steel sheets to improve adhesion.
The different behaviour of steel and wood under
changing temperature and moisture conditions has to be
taken into account in the layout of the reinforcements.
The ongoing climate and long-term tests will help to
determine the allowable service class for the ‘ab initio’
embedded steel sheets in practical applications. The
developed tension joints with self-drilling dowel show a
very ductile load-bearing behaviour and reach high
ultimate loads. The reinforcement with the embedded
steel sheets allows to reduce the spacings and edge
distances of the dowels and thus increase the efficiency
of the joints. The results of the small scale joints will be
verified in further tests with life-size connections both
for tension and bending moments.
The new joining method with ab initio bonded steel
sheets enables on-site connections of large timber
elements with high load bearing capacity and easy
assembly.
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AN INNOVATIVE HYBRID TIMBER STRUCTURE IN JAPAN:
PERFORMANCE OF COLUMN AND BEAMS
Shinichi Shioya1, Takeshi Koga2, Yuto Kumon3, Kazuaki Otsuki 4, Kouhei Uchimura 5
ABSTRACT: In this paper, bending behaviours in hybrid composite glulam timbers reinforced using deformed steel bars
and epoxy resin adhesives (RGTSB) are presented. The technique RGTSB was developed in order to improve flexural
stiffness and strength in glulam timbers composed of rapid grown Japanese cedars. A 2:3-scaled column and two halfscaled column-beam assemblies were tested under reversed cyclic loading. Force-displacement curves, hysteresis loops,
flexural strain distributions, observations on failure on the tests, are described. Numerical-analysis results are reported
to predict force-displacement hysteresis loops until failure of the column and beams using a software for reinforced
concrete members and structures.

KEYWORDS: hybrid composite timber, glulam timber, steel bar, column, beam, Japanese cedar, seismic

1 INTRODUCTION 123
Japanese cedar is one of rapid grown species, which was
planted much in Japan, 5-6 decades ago. In Japan, there
is, at present, a biggest concern about utilizing the cedars
as structural glulam products for timber structure.
However, most of the cedars are low-grade on stiffness
and strength for structural members, due to the rapid
growth.
On the other hand, many designers desire innovative
timber members and their structural systems for buildings,
with slender members such as reinforced concrete or steel
members.
One of reinforcement techniques for Japanese cedar’s
glulam timbers would be using deformed steel bars
(deformed bars) and adhesives, which improve flexural
stiffness and strength in timber members [1-2].
Shioya, i.e. one of authors, proposed the structural system
and the construction for buildings, with Reinforced
Glulam Timber Structure system using Steel Bars
(RGTSB, nicknamed “Samurai” in Japan)[3]; developed
the structural design methodology; constructed the first
prototype building with two-way frame structure, which
is one lower story with l8m long-span beams using the
RGTSB system in cooperation with Yamasa Mokuzai
Corp. at Kagoshima pref. in Japan, on July in 2014, as
shown in Figure 1.
The building was designed by Shioya, with a national
approval of structural design at Building Centre of Japan;
has been used as a stock-yard building for glulam products
at Yamasa Mokuzai Corp.
1
Shinichi Shioya, Department of Architecture and
Architectural Engineering, Kagoshima University, Kagoshima,
Japan, shin@aae.kagoshima-u.ac.jp
2 Taeshi Koga, JFE Sekkei LTD, Tokyo, Japan, t-koga@jfesekkei.co.jp

2-D22
4-D22
L-Column’s Bottom

L-Column(with10-D22)

Figure 1: The first prototype building utilizing RGTSB
“Samurai”, July 2014

In order to develop further RGTSB structural system, the
following experiments were conducted:
1) beams subjected to monotonic and reversed cyclic
bending and shear [3]; 2) column-beam connections with
rigidity for portal frame; 3) joint method of deformed bars
embedded inside of the glulam timbers with carbon fibre
plastic sleeves(CFPSs) and epoxy resin adhesives; 4)
long-term loading beams to reveal the effect of deformed
bars suppressing flexural creep deflection in the
timbers[4]; 5) one column connected to reinforced
concrete foundation, subjected to reversed cyclic
horizontal load; 6) beam-to-beam connections for longer
span beams than 13m, generally a limit in Japan to covey
3
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5 K. Uchimura, Kagoshima University, Japan
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2 CONSTRUCTION AND
CONNECTION

300- 120 0mm

In this paper, the connections for RGTSB members,
experimental tests and numerical analyses on RGTSB
column and beam under reversed cyclic load, are
presented.

Reinforcing deformed bars
DIA : D22 - D32
Num : 2 - 4
45 mm

them by haul trucks; and 7) CLT’s slab–RGTSB
composite beams.

120 -210 mm

2.1 MAMNUFACTRUING PROCESS
Figure 2 shows manufacturing processes for RGTSB
members. Deformed bars are casted into U-shaped
grooves pre-cut in lamellas, which are arranged as outer
lamellas in the member sections, and liquid epoxy resin
adhesive is infilled into the grooves, pouring over the bars.
The U-shape is formed in order to save the amount of the
adhesive. The lamellas are formed by planer after the
adhesive curing. The manufacturing process, after this,
follows usual processes for Glulam timbers. The thickness
of lamellas is formed to be 45mm; the width, to 210mm,
corresponding to the maximum-size of lamellas in Japan.
The maximum width of the beams is temporarily limited
to 210mm in order to avoid secondary gluing. The bars
are also limited to from D22 to D32; nominal diameter of
D22 is 22mm; D32, 32mm.
2.2 CONSTRUCTION
Figure 3 illustrates an interior beams-column-foundation
connection for two-way portal frames. The beams and the
column are composed of RGTSB. The foundation is
reinforced concrete (RC). The column section is
configured a cross shape in order to resist to two-way
forces in earthquakes and winds.
Figure 4 shows a framing elevation of prototype buildings.
The column sections in building, are three types: +-shape,
T-shape and L-shape as shown in Figure 5.

a) RGTSB making and dimensions

b) Inserted bars
Injecting adhesive

c) Bonding lamellas

Figure 2: Manufacturing process for reinforced timber
using steel bars; RGTSB
Reinforcing bars

Crosswise
RGTSBr
Column
RGTSB
Beam

Jointing bars

CFPS joints

Grouting
Mortar

RC footing

Holes for
Anchorage
i) Connecting

ii) After connecting

Figure 3: Beams-column-footings connections
CFPS

CFPS

CFPS

Yielding Zone
RC slab or CLT slab
CFPS

CFPS

CFPS

CFPS

CFPS

Figure 5: Cross-section
types for column resisting tow ways
図３ 二方向ラーメンの柱断面
3-types: +-shape, T-shape and L-shape
Dimensions: example, unite: mm
Figure 4: A framing elevation of prototype building;
dimensions, arrangement of CFSP and Yielding zone
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Injecting Epoxy resin

The beams and columns are connected using glued-in
deformed bars “Jointing bars” which are also jointed with
the reinforcing deformed bars embedded in RGTSB
beams, or columns connected to RC foundations, using
carbon fibre plastic sleeves (CFPSs) and the same liquid
epoxy resin adhesive as described in Sec.2.1. CFPSs are
also embedded in RGTSB members at a certain distance
from interfaces of the connections (Figure 4, 6).

(b)
Bar

2.3 CARBON FIBRE PLASTIC SLEEVS: CFPS

2.4 CFPS EMBEDMENT IN LAMELLAS
Figure 9 shows embedment for CFPSs in lamellas. The
reinforcing deformed bars, which are inserted to the
center of length in CFPS, are embedded together in
lamellas. They are bonded to the lamellas by pouring the
liquid epoxy resin adhesive over them. At the pouring,
the liquid adhesive flows inside the clearance between the
inner hole of CFPS and the inserted bar; both the
reinforcing bar and CFPS are connected, after curing the
adhesive.
On the other hand, at the other half of CFPS, no
clearance between CFPS and PVC pipe, rolled the blue
P.P. tape, is set, to prevent the adhesive from flowing
inside. After the curing, the PVC pipe and the tape are
pulled out; the end of lamella has holes in which jointing
bars can be inserted and arrive at the end of the reinforcing
bars in lamellas i.e. the center of CFPS.

CFPS

(a)
Braking in bar

(c)
Figure 6: Schematizing CFPS positions and CFPS joint;
(a)Arrangement of bars and CFPSs;(b) Joint of steel bars
;(c) CFPS and after tensile fracture
21 5

Fibre perpendicular to axis
A2: Carbon Fiber(mm2 /mm）
per Sleeve length

22×
x 8Lo
xd

CFPS

21 5

CFPS (Figure 6) and bars joint technique were developed
by Shioya et al. [4], which can resist ultimate tensile
strengths of deformed bars, without fracture of CFPS and
bar pulling-out from CFPS.
Figure 7 schematizes CFPS configuration and section.
CFPS is formed by rolling a carbon fibre sheet A1(four
rolls) around a PVC pipe rolled a polypropylene(P.P.)
tape spirally, arranging the longitudinal axis of the carbon
fibres parallel to that of the pipe, and a carbon fibre sheet
A2(four rolls) perpendicular to. The specific epoxy resin
adhesive is applied to the sheets just before the rolling.
The adhesive curing forms CFPS. After two deformed
bars are respectively inserted into a CFPS as shown in
Figure 6b, both the two bars are connected by injecting
the liquid adhesive in sec. 2.1 , into a hole at the center of
the sleeve and curing the adhesive.
Figure 8 shows stress-strain curves measured at tensile
loading experiments on the connection of deformed bars
(D22) using CFPS and the adhesive. The experimental
parameter was development lengths of deformed bars in
CFPS, which were 3d, 4d, 5d and 8d; d is nominal
diameter of the bars, d=22mm. A stress-strain curve bold
line of deformed bar D22 also shows in Figure 8 for
comparing. Ultimate failures in specimens 3d, 4d, 5d,
were pulling-out of deformed bars from CFPSs, however
another bar in specimen 8d was fractured outside CFPS
without the bars pulling-out. The tensile strength of the
connection in 8d specimen would be found to be higher
than the deformed bars. The elongation measure lengths
were 320mm at the 3-5d, the D22 bar, and 440 mm at the
8d.

Bar
Bar

CFPS

(a)

Deformed bar

D.- bar

Fibre parallel to bar axis
A1: Carbon Fiber (mm2 )
per Sleeve Section
(b)

Figure 7: Schema for CFPS configuration and section:
(a)configuration; (b) corss-section
Carbon
Volume

Figure 8: Stress-strain curves measured at tensile
experiments on the connection of deformed bars
(D22) using CFPS and epoxy resin adhesive.

Figure 9: Embedding CFPS (black) in lamellas
;Bars (D22); PVC pipes rolled P.P.-tape (bleu)
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Part-B

ＣＦＰＳ

positive

Jointing bar, D16

Negative

ＣＦＰＳ

Part- A

ＣＦＰＳ

Reinforcing bar, D16

Part-B

Grout

Side- X
Part- A
Side-Y

a) Side-X
Figure 10: Configuration of the column specimen

A 2:3-scaled reinforced column tested. The configuration
of specimen is showed in Figure 10. The specimen was
modelled for a foundation and a column on the ground
floor of building. The column section was a + shape; the
ratio of reinforcement (8-D16) to the area (140mm x
400mm) of part A (see Figure 10) in the section was 2.8%.
The length of CFPS at joint between the reinforcing bar
and the jointing bar was 272 mm (i.e. 2x8.5x16mm) and
the rolling of carbon sheets was performed according to
the specification in Sec. 2.3.
Figure 11a shows
constitution of the column section. Part Bs were adhered
to part A. The Glulam timbers of part A and B were
laminated according to E65-F225 in Japanese Agriculture
Standard. Table 1 shows mechanical properties of D16
and concrete in the specimen.
3.2 TEST SETUP AND LOADING
Figure 11b shows configuration of test setup for loading.
Lateral force was cyclic reversed loadings with increasing
the horizontal displacement of the top; vertical force at the
top of the column was controlled to be constant 187kN.
Figure 12 shows the displacement history at the top with
the number of loading reverse cycles. The positive and
negative peak displacements until the 18th cycle were
controlled to be same magnitude, however, at the 19th
cycle, quasi-static cyclic reverse loadings resembled free
vibration to reveal re-centring ability of the column just
after the bottom flexural yielded at earthquakes.
From the 35th cycle, again, lateral force was loaded with
increasing the horizontal displacement of column.

F (－)

Secondary
Bonded

a)Cross-section
Timber: Japanese Cedar Glulam
Grade : E60-F225 (JAS)
Steel Bar : Deformed, SD345, D16
Bond to Steel Bars: Epoxy Resin

－F＋
Hydraulic jack
for Lateral
Column
CFPS
embedded

1400

3.1 SPECIMEN

Vertical Force
Rolle
Universal Pin
Steel bar (D16)
Bonded
Pin
F (＋)

400

EXPERIMENTAL TESTING OF
COLUMN

Fixed by bolt

500

3

b)side-Y

b) Set-up

Figure 11: Cross-section of Specimen and set-up
Table 1: Properties of deformed bars and concrete
Material Property (N/mm2)
Deformed bar, D16
Young's modulus 169000
Yielding stength 363
Tensile strength 605
Breaking strain
23%
Concrete, Fc42
Specified desing
42
compesive strength

D16

Tensile stress-strain curve
R (%)
Free vibration

35th

Cycle

δ=-3.2mm

18th
Free vibration

3.3 RESULTS
3.3.1 FAILURES
Figure 13a shows lateral load-drift curves until 4% drift
for the column; Figure 13b, the curves after the 4%.
Figure 14 shows an envelopment curve of the lateral loaddrift curves (bold curves). The failures were occurred in
the following: 1) creaking sounds staring in timber, at So

Figure 12: Displacement history at top of column

marked in Figure14; 2) tensile yielding of jointing bars
between the column and RC foundation, at Y1, Y2; 3)
small cracks on timber, at Cr1, Cr2, Cr3 as shown in Figure
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a) Until 4.0 % drift

b) After 4.0 % drift
Figure 13: Lateral load-drift curves

: Envelopment
Envelopment
: Calculation
Calculation

Aria-A
II:II:
Aria-A

(+)

(+)
Vertical slip
①，②

Figure 14: Lateral load-drift envelopment curves

14; 4) shear failures with vertical cracks as shown in
Figure 15. No damage necessary to repair in service of
buildings occurred until the -2.4% drift. Also, no pullingout of joint bars from the column and the foundation,
except plastic elongation of the jointing bars, was
observed: this suggests that CFPS joint performed such
well as no-cut deformed bars.
The column yielded at its base by bending moment at
0.71% drift; shifted to secondary stiffness just after the
yielding due to strain hardening of the jointing bars;
exhibited strength near maximum load at 2.0 %; increased
gradually to the maximum load until 4.0%. The hysteresis
loops until 4% in Figure 13a, indicate spindle shapes with
no pinching; performed abundant energy absorption as
never observed in RC columns. In particular, the
maximum load should be noted to be extremely higher
than if the column had made using RC, because the
jointing bars were near ultimate tensile strength at the
maximum load.
Figure 16 shows an envelopment curve of relationship
between slip displacements and the column-top
displacements; the slips indicate some at the interface
between the column base and RC foundation; the solid
circles, ●, indicates the peaks of the cycle, the mean of
the left-side hand and the right-side hand at the base of the
column; blue line, 2%, the ratio of the slip to the
displacement and red line, 4%; secondary abscissa, the
drift in Figure 13. The slips were suppressed less than 2%
of the column displacement until the 2% drift in positive
loading and less than approximately 4% until the ±4%
drift. These results support no pinching in the load-drift

(－)

(－)

I: Equivalent
I: Equivalent

Shear crack
③

Figure 15: Aspect of cracks at ultimate

Slip

2%

4%

Figure 16: Envelopment curve of relationship between slip
displacementδs and column-top displacement δh

curves in Figure 13a. We guess that the reinforcing bars
in the part B (see Figure 10 ), performed, very well, as
shear key.
3.3.2 RE-CENTRING AT LARGE
DISPLACEMENTS
In vibration control structure building, secondary stiffness
of the structure just after yielding of hysteresis damping
device, reduces residual displacements of the building
after earthquake i.e. performs re-centring ability. We,
during loading in test, noted the secondary stiffness
occurring on envelopment curve in Figure 14, due to
strain hardening after yielding of jointing bars at the
column base. We tested the secondary-stiffness effect to
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minimize the residual displacements in the column, at the
19th cycle, in addition.
The final residual displacements of buildings after
earthquake are reported to be less than them on
assumption of free vibration after the maximum response,
through dynamic numerical analyses on steel-structure
building [5]. This suggests the residual drifts gained, by
quasi-static cyclic reverse loading as free vibration, are
safe in terms of minimizing residual displacement in
buildings after earthquakes.
Figure 17 shows hysteresis loops in maximum
drift=±2.5% cycles, measured by the quasi-static cyclic
reverse loadings as free vibration; circles indicate final
residual drifts; vertical broken line, allowable drift, 1/400,
authors proposed to be visually negligible. The final
residual drifts approached the allowable drift; this result
demonstrates that column, using the connection proposed
in Sec. 2.3, would have good re-centring ability by itself,
under experience less than 2.5% drift.

Q (kN)

Q (kN)

Figure 17: Hysteresis loops at 2.5%, by quasi-static
cyclic reverse loadings similar to free vibration

Rein.bars
Injecing
Air vent

CFPS

Rein.bars

4.1 DESIGN CONCEPT

Stiffened adhesive around jointing bars would be thought
to restrain deformations in the bars after yielding; the
restrain limits zones at which the plastic strain occurs in
the bars; therefore, the strain hardening would occur at
comparative slight drift; the secondary stiffness on loaddisplacement curves, was thought to occur at the

Air vent

Jointing bars
CFPS

4 EXPERIMENTAL TESTING OF
BEAMS

Hing

CFPS

Jointing bars
G.L.

RC Found.

Figure 18: Frame hinges designed at big earthquake
3-D22
SD390

600 mm

The RGTSB column specimen in Sec. 3.1, connected to
reinforced concrete foundation, performed well with
extremely high stiffness, strength, energy dissipation, recentering at drift 2%, never obtained in reinforced
concrete columns. This suggests that RGTSB system
would suppress responses of buildings in earthquake:
damages, declines and failures of building, and therefore
also minimize cost of the repairs. Moreover the high
stiffness and strength would be sufficiently to wind loads
in building-frame design. We have been developing a
design methodology for 3-story buildings using RGTSB
system, considering the requirements of fireproof
building in Japan.
In RGTSB system, columns and beams consist of RGTSB
members, using CFPS joint in beam-column connections
and column-foundation connections in Chap. 2. Figure 18
shows frame hinges designed at big earthquake. Jointing
bars in the column-foundation connections can obtain
sufficient development lengths into the foundations. On
the other side, at the columns, the jointing bars are
connected to reinforcing bars embedded in the columns
using CFPS. Therefore, the jointing bars can perform
stiffness and ultimate strength in deformed bars: flexural
hinge at bottom of the columns would perform high
strength and energy dissipation.
On the other hand, column-beams connection requires
capping maximum bending moment at the column-beam
interfaces, for avoiding development failures of the
joining bars and shear failures in column-beam joint
panels.
4.2 CAPPING BENDING MOMENT AT HINGS

Adh. injecing

Air vent

150
16

D22

3-D16
SD295

b) Yielding zone at
a) Decrease of bottom bars
bottom bars
Figure 19: Capping concepts for maximum bending
moment at beam ends
210

Jointing bars

Column

Reinforing bars

C

Beam

Beam
Horizontal grains

T=C
Damage

Column

CFPS
or Lapped spilce

T

Beam

Compression
absoption

Beam

Improvement
Column.

Timber block

Vertical grains

Figure 20: Timber block for compression-deformation
absorption at beam-end bottom

approximate 0.7% drift described Sec. 3.3.1, just after
flexural yielding at the beam ends, and the jointing bars
would develop ultimate strength of themselves at drift
2.0%. Then, at the column-beam connection, bardevelopment failures and panel-shear failures would
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Jointing bars

Reinforcing bars

Jointing bars

Figure 21: Configuration and beam end sections
Table 1: Properties of deformed bars

D16

D13

D16

D13

Figure 22: Specimen dimensions, dowel round steel bars

Figure 23: Dimensions of yielding zone at bottom bars

occur easily because resultant force of top or bottom
jointing bars increase.
Capping maximum of the resultant force is required in
order to prevent the failures.
Turning down jointing bars, at beam-column connection
using glued-in rod, has been already developed in Japan
[6], and also developed as energy dissipation device in
Post-Tensioned Timber Frames [7]. These concepts
applied at both upper and bottom at beam ends.
We expected that decreasing the amount of bottom
jointing bars than the top jointing bars would be efficient
to cap the resultant forces, because the resultant force of
the bottom bars is equal to that of the top bars; this concept
would bring three merits; to prevent flexural stiffness at
beam ends from decreasing due to turning down upper
jointing bars; to cut costs of turning down upper jointing
bars; moreover, to prevent beam deflection in service
from increasing after degrading flexural stiffness of the
beam ends due to top jointing bars yielding in earthquake.
Herein, we applied turning down at a zone on only bottom
jointing bars, yielding zones, instead of decreasing the
amount of bottom jointing bars.
Longitudinal deformation of the bottom jointing bar
would be thought to be larger, in case of letting not to
yield the top jointing bars. This situation makes the
bottom edge at beam ends thrust the connected timber

Figure 24: Tensile stress-train curves at yielding zone

column perpendicularly to the grain and damage to the
column.
In order to prevent the damages, we bonded glulam timber
blocks to pre-cut bottom edge zones at the beam ends,
with setting the block grain parallel to the column axis,
using epoxy resin adhesives; designed the timber blocks
to absorb compressive deformation at the edge.
4.3 SPECIMENS
Two RGTSB-beam specimens scaled down at 1:2, B-SP,
B-CFS, tested. Figure 21 schematizes configuration of
the specimen, arrangement of reinforcing bars and
jointing bars, loadings and supporting. The specimens
were RGTSB beam- glulam-timber columns assemblies.
Figure 22 shows specimen dimensions, dowel round steel
bars at the column-beam interface, and positions of CFPS.
Three D13 deformed bars were embedded at both upper
and bottom in the beams, D13; nominal diameter, 13mm.
The upper bars were SD390 in grade; the bottom bars
were SD345.
The column-beam connections were applied using the
jointing bars and epoxy resin adhesive described in Sec.
2.3. The column-beam interfaces, sealed around from the
outside, were infilled with the adhesive, when injecting
the adhesive into the jointing bars in specimens.
In B-SP specimen, jointing bars(2-D16) and reinforcing
bars(3-D13) in the beam were connected using lapped

WCTE 2016 e-book | 5033

splice transferring force at wood between the jointing bars
and the reinforcing bars bonded in beam; in B-CFS
specimen, jointing bars(3-D13) and reinforcing bars(3D13) were connected using CFPS joint in Sec. 2.3.
Side faces of the columns, front and back in Figure 31,
were strengthened, by bonded steel plates with epoxy
resin adhesive, because cracks was observed to indicate
shear failure in column, during loading in B-SP in Figure
34a. B-CFS was also strengthened before loading;
therefore no crack on the columns was observed. Two
round steel bars, as dowel shear keys, were inserted at
each column-beam interface, into holes at columns and
beam, and the liquid epoxy resin adhesive( in Sec.2.3) was
injected into the holes inserted the dowels, at the same
time injecting the adhesive to the jointing bars.
The column-side parts of the dowels were coated with
water paint for preventing the dowel in tensile.
The Glulam timbers were laminated according to E65F225. Table 1 shows mechanical properties of deformed
bars. Figure 23 shows dimensions of turned down zone,
yielding zone, on jointing bars, designed to fracture the
zone without yielding except yielding zone, based on
preliminary test.
Figure 24 shows tensile stress-train curves measured at
yielding zone and deformed bar by test piece, respectively.
Figure 25 shows detail and dimensions of the timber
block at the bottom edge of beam ends. The blocks were
bonded to tow interfaces on beam, with an epoxy resin
adhesive. Figure 27 shows compressive stress-strain
curves measured in compressing test for block specimens.
Figure 26 schematizes configuration and loading to the
block specimens.

in the beam

Figure 32: aspect of failures at the final

Figure 25: Dimensions of
timber block

Figure 26: Configuration of
block specimens and loading

Figure 27: compressive stressstrain curves of the block

Figure29: vertical displacement
history

Figure 28: Test setup for
loading.

Figure 30: Inductive
Displacement Transducers
arrangement

4.4 TEST SETUP AND LOADING
Figure 28 shows configuration of test setup for loading.
Vertical forces were cyclic reversed loadings with
increasing vertical displacement in between the left-hand
side column and the right-hand, adjusting the rotation
angles of both columns to be equal, by vertical tow
actuators. Figure 29 shows displacement history with the
numbers of loading cycle.
The positive peaks and negative of the displacements
were set to be same. From the 5 cycle, quasi-static cyclic
reverse loadings (QCRLs) similar to free vibration, were
conducted to reveal re-centering ability in the beams due
to residual vibrations just after maximum response at big
earthquake.
At the 11th cycle, the peak was maintained to 1.0% drift,
taking account for aftershocks following main
earthquake; QCRLs were, again, conducted with
increasing the peak to the final.
4.5 RSULTS
4.5.1 SHEAR FORCE-DRIFT CURVES AND
FAILURES
Figure 32 shows vertical shear force-drift curves until first
2.0% drift in beam; Figure 33, from the 2nd 1.0% drift,
for the aftershock, to the final. The shear force is the sum
of those of the two actuator; the drift is vertical
displacement over beam clear span. Figure 34 shows
aspect of failures at the final.

Figure 31: Configuration of setup and loading

Figure 32: vertical shear force-drift curves until the first 2.0%

Figure 33: vertical shear force-drift curves
from the 2nd 1.0% to the lastl
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Development failure cracks

B-SP specimen: lapped splice joint
Tensile yielding or compressive yielding in the yielding
zone on bottom jointing bars at both beam ends,
simultaneously occurred at 0.62% drift. From this drift,
the stiffness on the envelopment curve (red line) shifted
to the secondary stiffness; the third stiffness, at 1.27%; the
third was remained to 2.0%. Tensile yielding in upper
jointing bars at beam ends caused shifting to the third.
Envelopment curve for the aftershock loading (see Figure
33a) also indicated the secondary stiffness from 1.0% to
2.0%. Vertical shear cracks were observed in the left-side
hand column (Figure 34a), at +2.06% in the +14th cycle;
the strength remained until 3.1%, however, development
failure occurred at woods around the upper jointing bars
in the column sides; the later loading degraded the beam.
No fracture at the yielding zones occurred.
B-CFS specimen: CFPS joint
Tensile yielding or compressive yielding in the yielding
zones on bottom jointing bars, also simultaneously
occurred at 0.53% drift. From this drift, the stiffness on
envelopment curve shifted to the secondary stiffness; the
third, at 1.50%; the third was also remained to 2.0%.
Upper jointing bars did not yield until the last.
Envelopment curve for the aftershock loading (Figure
33b) also indicated the secondary from 1.0% to 2.0%.
Strength at the 2.0% remained until 2.5%, however,
yielding zone on bottom jointing bars was fractured in
tensile at 1.9% in the +15 cycle, peak 3.0%; bottom timber
part was separated from beam, at -0.7% in the -15 cycle,
peak -3.0%, as shown in Figure 34b.
4.5.2 DAMAGES IN TIMBER BLOCKS
Figure 35 shows aspects of a timber block at beam end
under compression or tensile in B-SP. Noticeable
damages were not observed at the blocks under
compression, however, vertical crack parallel to grains in
the block occurred under tensile. Figure 36 shows
relationship between beam shear force and horizontal
deformation in the block, at the block mid-height.
Negative deformations under compression were not
increased such as those of block B, C in Figure 27. This
suggests that beam timber parts on the blocks thrust to
column at the column-beam interfaces. Improvement on
the block dimensions would be necessary, corresponding
to target drifts in design.
4.5.3 Re-centering
Figure 37 shows hysteresis loops in the 10th positive
cycle, maximum drift=+2.0%, measured in the quasistatic cyclic reverse loadings as free vibration; circles
indicate the final residual drift, Re; solid circle, the first
residual drift, R1 at the first time when the force is zero
just after the peak in cycles. Re of B-SP was more
conservative than that of B-CFS and near the allowable
drift (1/400rad. in sec.3.3.2), however B-CFS exceeded
the value. This cause is thought to have been buckled at
the yielding zone in bottom bar. This phenomenon
needs more consideration.
Figure 38 shows the residual drift (Re, R1)–peak drift
relationship at the cycle as free vibration: solid lines

Figure 34: Aspect of failures at the final

Figure 35: Aspects of failures at the beam-end in B-SP

Figure 36: Relationship between beam shear force and
horizontal deformation at the timber block
1/400

Figure 37: Hysteresis loops at positive 2.0 %, by quasi-static
cyclic reverse loadings similar to free vibration

indicate Re; dotted line, R1. B-SP suppressed more
efficient residual drift than B-CFS.

5 Numerical analysis
Hysteresis loops until peak load were obtained using an
application software for reinforced concrete model,
member and structure SNAP. Hinge lengths at the
column bottom and the beam ends in specimens were
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World Conference on Timber Engineering WCTE
2014, Quebec City,Canada, 2014.
[8] R. Kawabe, Y. Kumo, S. Shioya, et al.: Prediction for
Horizontal Load-Displacement Relationship of
Column and Hysteretic loop, AIJ Kyushu Meeting,
No.54, 745-748, March 2015 (in Japanese).
Figure 38: Residual drift – peak drift in cycles:
(a) until the first 2.0%; (b) from the 2nd 1.0% to
the last

assumed to be equal to the depth in them, respectively:
400mm in column; 300mm in beams. Bending moment
and curvature in the hinge were assumed to be constant
and elastic-plastic, such as stress-strain curves in Figure
39.
Figure 40 shows comparison between analysis and
experiment on Hysteresis loops (shear force-drift) in the
column specimen in sec.3.1 [8]; Figure 41 shows
comparison between analysis and experiment on
Hysteresis loops (shear force-drift) in Beam B-CFS.
Analysis method for reinforced concrete members and
structure is referred to sufficiently effective in RGTSB.

(a)

(b)

6 CONCLUSIONS
One reinforcement technique RGTSB for the low-grade
Japanese cedar’s glulam timbers and the building
construction using it was presented. The column and the
beam composed of RGTSB performed higher stiffness,
strength, ductility, dissipation than RC members. The
numerical analysis using an application software for RC
structure, predicted the load-drift loops of until failure of
the experimental test.

(c)

(d)

Figure 39: Assumed stress-strain curves :(a)steel
envelopment;(b) steel reversed lading;(c) timber envelopment
in compression; (d) timber reversed lading cycles
Force F (kN)
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ADAPTATION OF ADVANCED HIGH R-FACTOR BRACING SYSTEMS
INTO HEAVY TIMBER FRAMES
Colin F. Gilbert1, Jeffrey Erochko2
ABSTRACT: Timber provides attractive earthquake performance characteristics for regions of high seismic risk,
particularly its high strength-to-weight ratio; however, current timber structural systems are associated with relatively low
design force reduction factors due to their low inherent ductility when compared to high-performance concrete and steel
systems. This experimental study investigates the adaptation of an advanced structural bracing system for heavy timber
frames to improve the seismic performance of hybrid timber-steel buildings. This may justify the use of high force
reduction factors (R-factors) to reduce seismic design forces and will provide energy dissipation to improve seismic
performance. The study focuses on the design and quasi-static cyclic testing of a friction damping device within a timber
frame to dissipate seismic energy and increase seismic performance. The bracing system is incorporated into the timber
frame using select steel elements at the beam-column connections and glued-in rods to fasten the steel and timber elements
together. The test frame demonstrated excellent cyclic performance, high ductility and did not experience any damage in
timber connections, supporting the use of this type of connection detail in heavy timber structures.
KEYWORDS: Hybrid Structures, Earthquake Performance, R-Factors, Friction Damping Device, Capacity Design

1 BACKGROUND AND MOTIVATION 12
Timber provides attractive earthquake performance
characteristics for regions of high seismic risk,
particularly its high strength-to-weight ratio; however,
current timber structural systems are associated with
relatively low design force reduction factors due to their
low inherent ductility when compared to highperformance concrete and steel systems. To increase
seismic performance, Braced frames may be considered
as a design alternative to light frame wood shear walls in
heavy timber buildings. Though there are limited
examples of timber braced frames in practice, some
previous research into the seismic performance of these
systems has been conducted to evaluate system behaviour
and connection ductility [1–4]. The force transfer
mechanics of concentrically braced frames make these
systems attractive when designing in timber, since forces
in the timber members will be predominantly axial. This
axial force transfer ensures the lateral loads can be resisted
in the strong parallel to grain direction of the timber
element, taking advantage of inherent strength
characteristics. For timber-only braced frames, the
connection components must be detailed to dissipate
seismic energy while providing adequate lateral stiffness
and limiting horizontal displacements [1]. Because the
performance of these systems relies heavily on the
hysteretic response of ductile fasteners, excessive lateral
deflections are possible under extreme loading scenarios
that inflict considerable plastic deformations in the brace
1
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connections. The low ductility and overstrength factors
for timber structures found in design codes such as the
National Building Code of Canada [5] and previous
research [1-4], illustrate the limited seismic performance
of braced frames in heavy timber. In the NBCC, the
ductility factors for such structures are 2.0 to 1.5 for
moderately ductile and limited ductility systems, while an
overstrength factor of 1.5 is assigned to both system types.
The ductility factors vary depending on the inelastic
behaviour of the fasteners used to design the brace
connections [4].
The adaptation of advanced structural steel bracing
systems into heavy timber buildings has not yet been
investigated by others. The primary objective of this study
is the experimental testing of an advanced structural steel
friction bracing system adapted for heavy timber frames.
This system utilizes friction energy dissipation to improve
the seismic performance of hybrid timber-steel buildings.
These seismic systems also provide high force reduction
factors (R-factors) that limit seismic design forces and
provide improved seismic performance. This study
focuses on the design and quasi-static cyclic and dynamic
earthquake record testing of the system. The bracing
system is incorporated into the timber frame using select
steel elements and glued-in rods connections which fasten
the steel and timber elements together. Although a friction
brace was used for this study, due to its ability to resist
many cycles of loading without damage, the connection
details and test results for the connections should easily
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be applicable to other advanced bracing systems, such as
buckling-restrained braces, or self-centering braces.

2 DESIGN METHODOLOGY
This research program explored the use of friction
damping devices used to simulate the force and
deformation demands of buckling restrained braces
(BRBs) in hybrid timber-steel braced frames. To achieve
the same level of seismic performance that such a bracing
system would have in a steel-only building, all other
elements of the system, including the connections and the
timber elements were capacity-designed to remain linear
under all earthquake scenarios up to the maximum
considered earthquake (MCE) hazard level. This
methodology safeguards the timber elements against
structural damage by preventing the development of
brittle failure mechanisms. To achieve strong enough
connections between the timber and steel elements, gluedin rod fastener technology was used. The full system
consisted of the diagonal friction braces, an intermediate
brace connection made of steel, glued-in rod fasteners,
and all primary structural elements (beams and columns)
were heavy timber glulam members. The experimental
prototype hybrid timber-steel braced frame was
developed primarily to evaluate the wood-to-steel gluedin rod connections under realistic loads and deformation
levels. The use of capacity design methodologies, sourced
from steel design practice [6] were critical to ensuring that
the all of the primary deformation and energy dissipation
in the system was provided by the friction brace.

3 HYBRID BRACED FRAME
PROTOTYPE
To determine appropriate geometry, brace forces and
connection forces, a six storey heavy timber building
using a hybrid timber-steel braced frame as the primary
lateral force resisting system was designed to be located
in Victoria, BC, Canada. The structure incorporated
buckling restrained braces within the braced frames that
were designed using the ductility and over-strength
factors of 4.0 and 1.2, from the National Building Code of
Canada [5].
Based on this sample structure, an experimental specimen
was designed to represent a scaled first storey braced
frame connection located at an exterior column. A halfscale partial frame design was selected to accommodate
laboratory space and equipment restrictions while still
testing two beam and column connections
simultaneously. The half scale braced frame prototype
was assembled and tested parallel to the strong as shown
in Figure 1. It consisted of a heavy timber beam and
column, an intermediate brace connection piece made of
steel (at forming the beam column joint and also the
connection to the brace), and a friction damping brace
device as shown in Figures 1 and 2. A set of timber beams
and columns were fabricated for each of two test
configurations (resulting in two beams and two columns
total).
The beam and column sections were connected to the
intermediate brace connection using grouped glued-in rod

connections at each end, allowing four connections to be
tested simultaneously. The glued-in rods were 19.1 mm
(3/4 inch) fully threaded B7 rods embedded 600 mm into
the end grain of the timber sections. For the first test
configuration, the timber members were assembled with
the glued-in rod connections bolted to the intermediate
brace connection using nuts tightened to a snug-tight
condition. This applied torque simulated the construction
of the hybrid braced frame without pre-tensioning force in
the rods. For this test, the snug-tight condition was
achieved by applying a target torque of 165 N-m to the
glued-in rod nuts during the initial frame assembly. The
nuts were not retightened for the remainder of the test
program for this configuration. For the second test
configuration, with the second set of glulam beam and
column, a pre-tensioning torque of 267 N-m was applied
to the glued in rod nuts. The glued-in rod fasteners in this
pre-tensioned test configuration were all initially torqued
before conducting the test. Over the course of the four day
testing program the connections were re-torqued to the
target pre-tensioning level as necessary to prevent any
losses due to creep in the wood or relaxation in the steel.
A 245 kN (55 kip) hydraulic actuator with a +/- 127 mm
(5 inch) stroke was attached to the timber beam via
intermediate custom steel section. Frame reactions were
provided by the support column at the base of the timber
column using a true pin connection, and by a fixed steel
reaction column at the end of the friction brace. Lateral
restraints were positioned a short distance from the brace
connection on each timber section to prevent out of plane
movement and to support the self-weight of the frame.
High strength dywidag bars were used to pre-tension the
support columns and lateral restraints to the laboratory
strong-floor.

Figure 1: Hybrid Braced Frame Assembly
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dynamic resistance of these interface assemblies is not
greatly impacted by temperature and velocity effects [9].
The slip resistance of the friction interface was estimated
using the static and dynamic friction coefficients of 0.31
and 0.21 presented in Grigorian [10] for a steel on brass
system. The slip friction was calculated using the
following equation:
(1)

Figure 2: Hybrid Braced Frame Layout

3.1 FRICTION BRACE
A friction damping brace device was selected as the
bracing system for the tests because the friction slip force
could easily be modified by changing the pretension
normal force on the friction connection that is provided by
the interface normal force bolts. This allowed the slip load
to be calibrated to mimic the load and displacement
resisted by the buckling restrained braces used in the
hybrid timber-steel building design. In addition, the
friction device can undergo many cycles of testing
without experiencing significant damage, allowing test
flexibility. The friction device consisted of a stainlesssteel on brass friction interface detail which can provide a
stable friction behaviour capable of enduring repeated
testing. The friction interface is shown in Figure 3.

Figure 3: Friction Assembly

Stainless-steel was selected as one of the materials in the
friction interface because it has corrosion-resistance
properties that are not affected by being placed in contact
with brass, unlike low-carbon alloy steels [7, 8].
Corrosion resistance is essential for the long term
performance and durability of these devices because it
ensures the friction characteristics do not change over
time, providing reliable and consistent energy dissipation.
A brass plate was placed on each stainless-steel surface to
form the second component of the friction interface. The
stainless steel plates were welded to an inner structural
steel plate and these were together detailed to contain an
oversized slotted holes to accommodate movement of the
bolts, allowing for the anticipated brace elongation. The

where is the coefficient of friction, ns is the number of
friction slip planes, nb is the number of interface normal
force bolts, and FN is the applied normal force on the
interface provided by each bolt.
The friction interface was calibrated to the probable
design tension and compression brace forces of 183.0 kN
and 202.0 kN, respectively, based on the first storey BRB
from the building design (appropriately scaled to
accommodate the half scale of the specimen). Based on
the findings of the calibration tests, the coefficient of
dynamic friction for the stainless-steel on brass assembly
was estimated to be 0.45. This value was slightly higher
than the coefficients used in the initial design of the
friction brace.
3.2 GLUED-IN ROD DESIGN
The short duration pull-out resistance of the glued-in rod
connections were determined from the three design
methods that have yet to be approved for Canadian
applications. First, the nominal resistance determined by
the GIROD Report [11] method for connections
containing epoxy resins (EPRs) was calculated to be 123
kN per rod. Second, the proposed EUROCODE 5 design
procedure from the LICONS Report [12] was used to
estimate the axial resistance of the fasteners. This
conservative method assumes that the weakest adhesive
type, phenolresorcinal formaldehyde (PRF), is used in the
fabrication of the glued-in rod connections. This design
method predicted an axial resistance of 115 kN per rod.
Last, the fastener resistance was checked using the
method presented in German Design code DIN 1052 [13].
This procedure estimated the resistances to be 113 kN per
rod. Therefore the three methods predicted combined
beam connection capacity containing four glued-in rods
to be 492 kN, 460 kN, and 452 kN, respectively. The
column connection was designed to contain eight
fasteners which resulted in combined connection
resistances of 1000 kN, 920 kN, and 904 kN, for the three
design methods, respectively.
Since the glued-in rods were designed as part of the lateral
force resisting system, this test program evaluated the
effect of pre-tensioning these vital tension connections to
prevent gaps forming, which may cause lower connection
stiffness when the connections are under tension loading.
This gap formation could also cause pounding or impact
loading on the timber members if the load is suddenly
reversed, which could affect connection strength and
timber resilience. Based on the CSA S16-09 Canadian
steel design standard [6], the pre-tensioning force required
for these three methods was calculated to be 70 percent of
the median fastener pull-out resistance of the three design
methods. Taking this amount of pre-tension into account,
the pre-tensioned single rod axial resistances would be
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88.2 kN, 80.5 kN and 79.1 kN, for the three design
guidelines, respectively, to avoid gap formation in the
connections.

4 EXPERIMENTAL PROGRAM
4.1 OBJECTIVES
The primary goal of this study was the quasi-static cyclic
behaviour of the hybrid timber-steel braced frame with
attention being given to the seismic performance of the
friction damping. The secondary objectives of the testing
program were (1) to investigate the effects of pretensioning on glued-in rod connection on overall frame
performance, and (2) to evaluate dynamic performance of
glued-in rod fasteners subjected to earthquake record tests
at the design and maximum seismic hazard levels. These
findings will aid in establishing design requirements of
glued-in rod connections for seismic and wind
applications.
4.2 LOADING PROTOCOL (QUASI-STATIC
CYCLIC TESTS)
The test program used to assess the overall frame
performance consisted of a combined quasi-static cyclic
loading protocol incorporating both the AISC 341-05 [14]
and ASCE 7-05 [15] buckling-restrained brace testing
standards. This combined testing protocol allows the
evaluation of the seismic performance of both the friction
damping device and glued-in rod connections under
realistic conditions for a high performance braced frame
system. Furthermore, the overall frame response was
analysed to assess whether the beam connections may be
considered to be effective pins and to assess whether the
connections and slotted friction interface can satisfy the
local rotation demands at two times the maximum
considered earthquake (MCE) hazard level drift
displacement.
The loading protocols require the yield drift ∆y and a
design drift level ∆bm. The yield drift was calculated using
the elastic stiffness and activation (slip) displacement of
the hybrid frame that were determined earlier from
preliminary friction brace calibration test results. The
design drift was chosen to be equal to the mean plus one
standard deviation value of the maximum drift response
at the maximum credible earthquake (MCE) seismic
hazard level, giving a ∆bm, of 2.2 % (40.7 mm). This value
was based on nonlinear dynamic time-history analysis
results for the same six-storey hybrid timber structure
conducted by Gilbert et al. [10]. A full summary of the
loading protocol cycles is provided in Table 1. The final
cycles of the protocol have a drift amplitude of 2.0∆bm
which is equivalent to two times the anticipated mean plus
one standard deviation drift demand at the MCE hazard
level.
The deformation cycles during the loading protocol tests
were applied at the constant rate of 1 mm/sec. The data
acquisition system was recorded at a constant frequency
of 10 Hz to capture the dynamic friction response during
the cyclic loading program.

Table 1: Combined Brace Protocol Displacement Amplitudes

Cycles

Amplitude

2
2
5
2
2

∆y
0.5∆bm
1.0∆bm
1.5∆bm
2.0∆bm

Drift
(%)
0.002
1.1
2.2
3.3
4.4

Displacement
(mm)
3.3
20.4
40.7
61.1
81.7

4.3 EARTHQUAKE RECORDS
Dynamic earthquake response tests were conducted to
evaluate the dynamic performance of the hybrid braced
frame. These earthquake record tests consisted of three
earthquakes at the Design-Basis Earthquake (DBE)
seismic hazard level and three earthquakes at the
Maximum-Credible Earthquake (MCE) seismic hazard
level. The frame displacement histories for the test were
compiled by taking the first storey displacement-time
histories from the nonlinear dynamic analysis conducted
by Gilbert et al. [16]. The earthquake records were
selected from the FEMA P695 [17] far field record set and
were chosen based on earthquake intensity, acceleration
content and historical significance. In all cases, the most
severe first storey braced deformation response for bidirectional ground acceleration histories was selected as
the governing record for use in the test. The DBE records
considered were the 1979 Imperial Valley, 1995 Kobe and
1976 Friuli earthquakes. The records selected for the
MCE level tests were the 1994 Northridge, 1995 Kobe
and 1999 Chi-Chi earthquakes. The record set selected for
the seismic hazard assessment provides a variety of fault
types and ground motions recorded at varying epicentral
distances. The deformation records from the model were
scaled to match the half-scale of the test by multiplying
the displacement values by 0.5 and the time values by
0.707. The velocity content of the six frame displacement
histories was calculated to determine if time-step scaling
was necessary to match the loading rate limitations of the
test actuator. As a result, additional time scaling factors of
3.0 and 2.0 were applied to the MCE and DBE responses.
A comparison of the half-scale and velocity limited lateral
displacement-time history of the DBE and MCE Kobe
earthquake displacement-time histories are shown in
Figure 4.
Table 2: Summary of Earthquake Records

ID #

Year

EQ

Station

M

ATC
F01

1994

Northridge

Beverly
Hills Mulhol

PGA
(g)

6.7

0.34

Delta

6.5

0.46

NishiAkashi

6.9

0.53

TCU045

7.6

0.49

Tolmezzo

6.5

0.50

ATC
F05
ATC
F07
ATC
F20
ATC
F22

1979
1995
1999
1976

Imperial
Valley
Kobe,
Japan
Chi-Chi,
Taiwan
Friuli,
Italy
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Figure 5: Global Frame Displacement at - 2.0∆bm

Figure 4: Scaled Kobe Earthquake Displacement Records

The lateral cyclic loading protocol and displacement-time
histories were applied axially to the beam element through
an intermediate force transfer connection. The gravity and
seismic axial load contributions in the first storey column
were not considered for the experimental program.
However, the portion of lateral frame displacement
resulting from the P-Delta effects of these concentrated
axial loads were included in the dynamic earthquake tests
by using the simulated frame displacement histories.

5 EXPERIMENTAL RESULTS
5.1 QUASI-STATIC CYCLIC TESTS
The hybrid braced frame was capable of satisfying the
local rotation demands caused by all the loading protocol
cycles by accommodating rotations in the beam shear
connection and slotted friction interface. Figures 4 and 5
show the global frame displacements at the maximum and
minimum amplitudes of the 2.0∆bm displacement cycles
(equivalent to 4.4% storey drift).

The frame hystereses for the combined protocol tests are
presented in Figure 6. The top plot in the figure shows the
hysteresis for the snug-tight glued-in rod test
configuration and the bottom plot shows the same for the
pre-tensioned glued-in rod test configuration. The elastic
stiffness and activation (slip) displacement of the two
frame configurations were approximately equal to 50
kN/m and 3.3 mm, respectively, for both tests. This
suggests that the pre-tensioning of glued-in rod
connections did not significantly affect the elastic frame
behaviour or initial lateral slip resistance of the hybrid
braced frame. In all tests, the friction device exhibited
excellent lateral sliding behaviour with a slip force that
was slightly less than the target slip force of 159 kN. The
low displacement cycles showed clear distinctions
between the static and dynamic friction behaviour,
resulting in distinctive spikes at the inception of friction
slip; however, this distinction was significantly reduced in
the 1.5∆bm and 2.0∆bm displacement cycles. This may
have been the result of a reduction in surface roughness
and the development of debris build-up that can reduce
the static friction coefficient [18]. In support of this
theory, debris formation was visible on the slotted
stainless-steel plate at the large displacement cycles.
Furthermore, temperature induced reductions in lateral
resistance can be seen the hysteresis responses of the two
snug-tight and one pre-tensioned frame assembly tests
when comparing the dynamic friction behaviour of the
initial displacement cycles to the resistance of the later
loading stages. This friction temperature response was
captured by conducting characterization tests before and
after each protocol test. These before/after comparisons
for the loading protocol tests for the two test
configurations are shown in Table 3 and Figure 7.
Table 3: Summary of Temperature Effects

Test

Figure 4: Global Frame Displacement at +2.0∆bm

BLP1-A
BLP2-A
BLP3-A

Initial
Temp.
(⁰C)
20.9
20.2
20.9

Final
Temp.
(⁰C)
27.3
26.4
27.8

Reduction
in Cr, Slip
(kN)
4.1
10.1
7.1

Reduction
in Tr, Slip
(kN)
10.4
12.1
13.8
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Figure 7: Friction Characterization Tests Responses
Figure 6: Hysteretic Response of Brace Loading Protocol
Tests: a) Sung-Tight Frame Assembly Test b) Pre-Tensioned
Frame Assembly Test

The two frame hysteresis shown in Figure 6 show some
minor drops in lateral force. These drops are likely caused
by rotation slippage in other connections in the specimen,
such as the steel connection between at the end of the
beam or the true pin connection at the reaction at the base
of the column.
The hystereses did not show any signs of plastic
behaviour in the steel intermediate brace connection, and
there was no evidence of inelastic action in the forcedisplacement responses of the brace connection panel
zone instrumentation. This was supported by the absence
of any white-wash flaking in the intermediate brace
connection throughout the brace loading protocol test. In
fact, none of the steel elements in the braced frame
showed any signed of yielding.

Prior to testing, the glued-in rod connection at the base of
the column was re-torqued to the required pre-tensioning
force, while the top connection was left undisturbed
during the two days since the frame was assembled. The
column connection responses were then used to determine
if any relaxation had occurred in the upper connection
since the frame was assembled. A comparison in the two
column connection responses for the pre-tensioned test
configuration is shown in Figure 8. This figure shows an
approximate 8150 kN/mm stiffness in the pre-tensioned
connection and a connection stiffness of 5260 kN/mm in
the relaxed connection. These findings provide evidence
that suggests relaxation occurs in the pre-tensioning force
of grouped glued in rod connections.
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reduction in the friction resistance for the pre-tensioned
test assembly as a result of the DBE record tests. Since the
pre-tensioned configuration was tested second, this
suggests that the friction interface reached a steady state
surface roughness before the DBE record tests of the pretensioned test configuration.

Figure 8: Column Glued-in Rod Connection Response

5.2 DYNAMIC EARTHQUAKE RECORD TESTS
Overall, both frame configurations exhibited excellent
seismic response behaviour at the DBE hazard level. The
results showed identical hysteretic responses of the snugtight and pre-tensioned test configurations for the three
earthquake tests. This supported the previous finding that
suggested that the application of pre-tensioning in the
glued-in rod connections does not affect the seismic
performance of the hybrid brace frame. The hybrid frame
experienced peak inter-storey drifts of 1.40 %, 0.72 % and
0.60 % for the ATC F05, ATC F07 and ATC F22 tests,
respectively. As a result, both test configurations
experienced effective ductility of 7.8, 4.0 and 3.4 for the
three records respectively, calculated based on the peak
inter-storey drifts and frame slip drift.
The snug-tight and pre-tensioned hysteretic responses of
the DBE ATC F05 Kobe earthquake record are presented
in Figure 9 in terms of inter-storey drift. These tests
resulted in dynamic friction resistances approximately
equal to the target calibrated resistance of 159.0 kN. This
increase in the lateral friction resistance was attributed to
an increase in friction surface roughness over the
successive tests; however, even though the brace force
increased, the hybrid braced frame connections and
timber elements did not experience any damage as a
result. Some minor stick-slip behaviour can be observed
in these hysteric responses due to the relatively low peak
velocities of the DBE records. Overall, the braced frame
exhibited exceptional overall seismic response and
successfully satisfied the drift demands of the earthquake
time history. The glued-in rod fasteners resisted the
increased dynamic force demands without experiencing
any strength or stiffness degradation.
Friction characterization tests were conducted before and
after each of the DBE earthquake record tests to evaluate
the effects that the dynamic loading had on the friction
response. A comparison of the friction responses before
and after all three DBE earthquake tests are presented in
Figures 10 and 11 for the two test configurations. The
snug-tight test configuration experienced an increase in
the lateral friction resistance after the DBE records were
applied. This increase in resistance was attributed to an
increase in the surface roughness of the friction interfaces
due to the short-duration dynamic tests. There was no

Figure 9: DBE Record Hysteretic Frame Response: a) SungTight Frame Assembly Test b) Pre-Tensioned Frame Assembly
Test

Figure 10: Snug-Tight Frame Friction Responses Before and
After the DBE Record Tests
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Figure 11: Pre-Tensioned Frame Friction Responses Before
and After the DBE Record Tests

The frame also exhibited excellent seismic performance
for both the snug-tight and pre-tensioned test
configurations under the MCE hazard level earthquakes.
The stainless-steel-on-brass friction interface provided
consistent lateral resistance with no reduction in the
friction performance during the dynamic tests. This again
suggests that the interface roughness had reached a
steady-state by this point. Some minor stick-slip
behaviour was again observed in the post-slip response of
the friction device as a result of high loading velocities.
Generally there was a slight reduction in the slip
resistance of the pre-tensioned frame configuration
compared to the snug-tight tests due to the recalibration
of the friction device that occurred after swapping the
frame assemblies. Peak inter-storey drifts of 1.24 %, 2.20
% and 0.83 % were achieved for the ATC F01, ATC F07
and ATC F20 tests, respectively, for both the snug-tight
and pre-tensioned test conditions. These peak inter-storey
drifts resulted in effective ductility of 7.0, 12.3 and 4.7 for
the three MCE hazard earthquakes, respectively. The
target brace force was exceeded in all of the MCE
earthquake tests without causing damage to the brace
connection or the glued-in rod connections.
The frame hystereses from the ATC F07 earthquake
record are shown in Figure 12 for both the snug-tight and
pre-tensioned test configurations. The MCE hazard
response for the ACT F07 record subjected the frame to
almost twice the lateral drift demands than the DBE
record. The frame was capable of accommodating the
increased deformations without experiencing any damage
in the timber members or glued-in rod connections. The
pre-tensioned frame test had a minor force unbalance in
the positive and negative friction responses. This
phenomenon was attributed to minor out-of-plane
movement of the friction device interface during loading
that caused the friction side plates to confine the inner
stainless-steel friction interfaces additionally, resulting in
the increase in siding resistance in the positive drift
displacements.

Figure 12: MCE Record Hysteretic Frame Responses: a)
Sung-Tight Frame Assembly Test b) Pre-Tensioned Frame
Assembly Test

The friction characterisation responses before and after
the MCE earthquake records are presented in Figures 13
and 14 for the snug-tight and pre-tensioned test
configurations, respectively. The frame response was
practically identical before and after the MCE hazard
level tests.
After the final MCE earthquake test the snug-tight and
pre-tensioned test configurations were both subjected to
an additional MCE ATC F07 Kobe earthquake record.
This extra test was used to assess the hybrid system’s
ability to withstand two severe earthquake records applied
in short succession. Both test configurations had identical
seismic performances when comparing results from the
initial and final ATC F07 responses. The glued-in rods
and timber elements of both the snug-tight and pretensioned glued-in rod test configurations did not sustain
any damage as a result of either of the two intense
earthquake tests. In fact, at no time in the test program was
any damage observed in any of the structural elements.
This is a verification of the capacity design methodology
that was applied to the design of the frame elements and
connections.
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Figure 13: Snug-Tight Frame Friction Responses Before and
After the MCE Record Tests

to an increase in debris build-up between the friction
surfaces and increase in interface temperatures. These
surface conditions did not affect the overall seismic
performance of the hybrid system allowing the friction
device to satisfy and in some cases exceed the effective
ductility requirements of the bucking restrained brace
design.
Overall, the hybrid timber-steel design exhibited excellent
seismic performance characteristics capable of satisfying
the NBCC (2010) drift and strength requirements. These
findings support the application of the hybrid and capacity
design concepts used in the adaptation of advanced
structural bracing systems into heavy timber frames.
Additionally, the tests provided promising results which
suggest that high force reduction factors can be used in
the seismic design of heavy timber buildings through the
application of advanced seismic force resisting systems.
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CONSTRUCTIVE WOOD PROTECTION FOR MODERN TIMBER
STRUCTURES WITH POLYURETHANE THICK FILM COATINGS

Volker Schmid1, Özkan Yildiz²
ABSTRACT: In order to realize timber structures with a contemporary and modern design, architects and engineers
have explored a new method of constructive wood protection, by spraying a 2 to 3 mm thick, highly elastic
polyurethane coating onto the surface of the wood. The membrane’s permeability for water vapour, with an sd-value of
about 1,8 m, makes it well suited for timber structures. Tests by the Technische Universität Berlin showed that this
coating is capable of bridging opening gaps of up to 5 mm, while remaining watertight. This paper presents the test
results of three different polyurethane coatings on different wooden substrates, with half of the test specimens being
artificially weathered in advance. The resistance to delamination was tested, as well as the gap bridging capacity at
-30° C and the fatigue behavior. Following these tests the water tightness of the PUR-coating was assessed. A full sized
EOTA facade test and a ca. 5 year long-term test in outside climate demonstrated the coatings good performance.
KEYWORDS: constructive wood protection, polyurethane membrane, weathering, long-term test, timber structure

1 INTRODUCTION123
Wood which is exposed to the weather needs to be
protected (constructive wood protection), treated with
chemical preservatives or has to be painted regularly.
The painting has to be renewed every 4 to 5 years, which

Figure 1: A 2-3 mm thick sprayed PUR coating protects the timber structure of Metropol Parasol, Seville [4][5] © V. Schmid
1

Volker Schmid, Technische Universität Berlin, Germany,
sekretariat@ek-verbundstrukturen.tu-berlin.de
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is time consuming, costly and increases the ecological
footprint of timber structures. As an alternative, this
paper presents an innovative constructive wood
protection, by spraying a 2 – 3 mm thick 2-component
polyurethane coating (2C-PUR) onto the surface of the
wood. This kind of thick-film PUR-coating has a very
high resistance against delamination, is very elastic with
a good gap-bridging capability and at the same time
allows the exchange of water vapour through the PURmembrane. Currently this type of constructive wood
protection is still in trial stage, but the research
conducted at the Technische Universität Berlin and first
practical applications are promising [1] - [6]. Compared
to conventional timber coating systems the durability of
wood in outdoor applications increases significantly and
the maintenance cycles are substantially longer. These
results indicate that thick-film PUR-coatings are well
suited for an ecology-friendly wood protection system. A
great advantage of the coating’s viscoelasticity is its
ability to bridge cracks up to several millimetres. At the
same time polyurethane describes itself as sufficiently
permeable to water vapour.
Today the timber structures and buildings which make
use of this kind of ecology-friendly wood protection are
mostly from a high architectural and engineering value.
As an example, the Metropol Parasol in Seville [4][5],
shown in Figure 1, demonstrates the new and exciting
possibilities of this combination of PUR and timber, as
well as a very small students pavilion build by structural
engineering students of the TU-Berlin (Figure 4).
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top coating

2-3 mm Polyurethane coating
primer
derived timber
product
Figure 2: The Polyurethane coating consists of three layers

Figure 3: left: Rounded edge with uniform coating thickness
right: Edge with reduced coating thickness

2 THICK-FILM 2C-PUR COATINGS IN
STRUCTURAL ENGINEERING

3 APPLICATION

Sprayed 2-component polyurethane coatings with a
thickness of 2-3 mm are widely used to seal bridge decks
and roof slabs made of concrete. Due to their very high
elasticity these thick-film PUR coatings are capable of
bridging opening gaps of several millimetres without
losing their water tightness. Even cracks which are
opening and closing, i.e. between winter and summer
time, can be reliably bridged with this kind of flexible
coating.
This type of sealant was applied for the first time about
25 years ago and the coatings of this time still perform
very well. Additionally the sprayed application has
special advantages for more complex geometries.
Until recently this type of sealant was not used for the
protection of timber structure. The possible crack width
in solid timber was just too big, even for the flexible
PUR thick-film coating. But with the advent and
increasing popularity of derived timber products, the
crack widths within timber structures are substantially
decreased. It now seems very interesting to use the 2-3
mm thick PUR coating for the protection of timber
structures.

The solvent-free 2-component polyurethane is sprayed
onto the surface of the timber using a hot spray process,
where the two components of the 2C-Polyurethan are
mixed in the spray nozzle.
Prior to the spraying of the PUR a primer is applied on
the surface of the wooden substrate to ensure a good
bond between the polyurethane coating and the wood. A
final top coating protects the PUR against UV-radiation
and gives the desired colour (Figure 2).
It is crucial for the quality of the coating, that the timber
is clean and dry. This can be easier followed in a shop
than on site.
Similar to the rules for ordinary coatings, the edges of
the specimen have to be rounded, to guaranty a constant
thickness of the coating around the corners and edges.
The sprayed 2C-PUR allows for a rapid application and
hardens quickly. Even spraying to vertical surfaces is
possible without running. The sprayed application also
ensures a simple coating procedure for more complicated
geometries. For example was it possible to design a
gutter, made from timber and a sprayed 2-3 mm thick
PUR coating. This detail performed well during the last
5 years. It is important to note that this is only true if
almost no differential movements occur between the
individual timber elements which form the gutter.

Figure 4: Students pavilion at the TU-Berlin, coated with PUR. Detail of gutter made from Timber and PUR-coating [6] ©V. Schmid
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4 PROTECTION AGAINST
WEATHERING
Despite its water impermeability, the coating is
permeable to water vapor, with an equivalent air layer
thickness (sd-value) of about 1,8 m. Excess wood
moisture can diffuse through the polyurethane coating,
thereby reducing the risk of air bubbles below the
coating.
As is shown later in this paper, the moisture content in
directly weathered timber elements, which are protected
from rain, wind, moisture and direct sunlight by the
described 2-3 mm thick polyurethane coating, is always
lower than required for a rating in service class 2.
Therefore it is suggested to assign timber elements
which are protected by a 2-3 mm thick polyurethane
coating to service class 2. Compared to a directly
weathered structural element made of timber assigned to
service class 3, this increases the load bearing capacity
of the timber structure by 29%. At the same time the
deformation due to creep is reduced to 40%, if the timber
is protected by the PUR coating.

5 TESTS

accelerated ageing by hot water”. The subsequent tensile
tests were performed at room temperature, both with and
without a top coat (Table 1 and Figure 5)

Figure 5: Tensile test. left: unstressed, right: before failure

5.1 GENERAL
To assess the structural properties of the sprayed 2CPUR membrane itself and to learn about its composite
behaviour when applied to different types of wood and
derived wood products, the chair for structural design of
hybrid and composite structures and the chair for
building physics, both Technische Universität of Berlin,
carried out a joint research project. Some of the tests and
artificial ageing procedures were informed by the ETAG
005: Guideline for European Technical Approval of
liquid applied Roof Waterproofing Kits [7], especially
ETAG 005 Part 6: "Specific stipulations for kits based
on polyurethane". One Kit consists of a primer, the 2CPUR itself and a top coating. The PUR-coating was
provided by three different manufacturers: AB PUR 550
by AB-Polymerchemie, Aurich, Germany and Baytec
Spray VP PU 0310/0309 by Bayer, Germany and
Conipur 73 by BASF, Switzerland. The primer was
Conipur 73 by BASF. The three different waterproofing
kits were applied to five different substrates: Glulam
beams (GL), Cross laminates timber (CLT), laminated
veneer lumber (LVL) and OSB and MDF planks.

Table 1: Median tensile stress and strains at failure for
shouldered test bars, AB PUR 550AB-Polymerchemie,

ageing

without top coat
stress
strain

with top coat
stress
S strain

no ageing

9,5 N/mm² 336 % 8,4 N/mm² 283 %

water ageing 9,4 N/mm² 290 % 8,7 N/mm² 272 %
heat ageing

8,8 N/mm² 307 % 7,9 N/mm² 271 %

UV-ageing

7,5 N/mm² 348 % 7,2 N/mm² 271 %

5.2 TENSILE TESTS
Tensile tests on 2-3 mm thick PUR membranes were
carried out with samples from all three manufacturers.
The PUR was sprayed onto a teflon sheet. After curing
shoulder bars for the tensile tests were cut out of the
PUR membranes. About three quarters of the shoulder
bars underwent an artificial ageing procedure. Different
ways of ageing and their influence on the remaining
tensile strength were investigated: water ageing, heat
ageing and UV ageing. All ageing methods were
performed according to ETAG; beside others EOTA
TR 011 “Exposure procedure for accelerated ageing by
heat” and EOTA TR 012 “Exposure procedure for

Figure 6: Stress strain diagram for Baytec Spray
VP PU 0310/0309 without coating
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The test results are shown in Table 1 using the example
of the polyurethane coating provided by AB-Polymerchemie. The results indicate no big differences in tensile
strength and strain at failure, except for the UV-ageing
procedure, which results in a significant reduction of the
tensile strength.
On the other hand one must keep in mind that in practice
the UV ageing is prevented by the top coat.
The picture in Figure 5 shows the great flexibility of the
PUR membranes as does the load-displacement diagram
in Figure 6, exemplified by the test results for Baytec
Spray VP PU 0310/0309, tested without coating.
In average the modulus of elasticity increased by about
10 % for the coated test specimens, whereas the tensile
strength was reduced by about 10 %. The different types
of ageing in average reduced the tensile strength by
another 10 %. The strains at failure reached between
250% and 330 %
5.3 TEST FOR DELAMINATION
For the tests of the resistance to delamination the 2CPUR was sprayed onto the two substrates OSB and CLT.
The test specimens were tested either unaged or after
water ageing according to EOTA TR 012.
The tests of the resistance to delamination (Figure 7)
always showed failure within the wood due to rupture in
cross grain direction. The resistance to delamination is
only governed by the substrate, not by the properties of
the membrane.

Figure 7: Resistance to delamination on OSB and CLT
substrate: Failure always occurs in the timber

crack perpendicular to grain
―crack
∙∙∙∙ perpendicular to grain, heat ageing

5.4 TEST OF CRACK BRIDGING CAPABILITY
For the performance of any waterproofing it is crucial,
that it features a excellent crack-bridging capability
without leakage in the cracked area. Therefore 150 tests
were carried out in a climate chamber at -30° C, similar
to EOTA TR013 “Determination of crack-bridging
capability” (Figure 8). The 2-3 mm thick PUR coating
was sprayed onto four different wooden substrates GL,
OSB, CLT and LVL, bridging a closed gap which was
previously implemented in the wood. 75 out of the 150
samples were heat aged before the test. During the
tension test the specimens were subjected to a widening
of the gap, starting from the initial 0 mm (no gap) to
1,5 mm. After releasing the tension force the gap closed
and the water tightness along the gap was assessed. All
tested specimens passed the tests without any leakage.
Because of this excellent performance a second test
cycle was set up with an increased gap width of 5 mm,
again at -30°C. That was more than 3 fold the
requirements according to EOTA TR013.

Figure 8: Test of gap bridging capability at -30°C

crack parallel to grain
―crack
∙∙∙∙ parallel to grain, heat ageing

Figure 9: Test of gap bridging capability, smoothened trend lines
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5.6 FULL SCALE FAÇADE TEST

Figure 10: Test procedure for gap bridging capability, -30C
Crack opening versus time regime for test series 1 and 2: PUR
on CLT, -30C

To assess the moisture transport mechanism in a full
scale façade element, a Structural Insulated Panel (SIP)
was tested in the test rig for façades, owned by the TUBerlin (Figure 12). The sandwich panel consisted of 12
mm thick OSP panels at the outside glued onto a core of
160 mm thick expanded polystyrene (EPS) insulating
board. The tests were performed according to ETAG 004
"External thermal insulation composite systems with
rendering".

Again, after releasing tension, the gaps closed elastically.
Heat aged and unaged PUR coatings were tested on the
substrates OSB and CLT. The test procedure for both
tests is shown in the time-displacement diagram in
Figure 10. The related force–displacement diagrams in
Figure 9 are indicatively only. They are based on the
average of all test results, drawn as smoothened trend
lines. The subsequent tests for water tightness were
passed by all combinations of different wood substrates
and brands of polyurethane.
5.5 FATIGUE TEST
75 heat aged and 75 unaged test specimens, similar to
Figure 8 but with an initial gap width of 1 mm, were
subjected to a fatigue test in the climate chamber at
-10° C (Figure 11). The substrates for the 2C-PUR
coating were GL, OSB, CLT and LVL. A special testing
device was developed which allowed testing 23 test
specimens at the same time in the climate chamber. In
these tests according to EOTA TR 008 “Determination
of the resistance to fatigue movement”, the initial gap
was increased from 1 mm to 3 mm and subsequently
closed to 0 mm and opened to 3 mm 500 times. Again,
all test specimens passed the subsequent tests for water
tightness.

Figure 12: Application of 2-3 mm PUR coating onto the SIP
for façade tests

To investigate the hygrothermal performance and the
durability of the SIP, the façade element was subjected
to defined hygrothermal cycles, following the
recommendations of the Wilhelm Klauditz Institute, a
research and testing institution of the Fraunhofer
Institute. The tests were carried out in 3 phases:
1.
2.
3.

Summer Period: 40 cycles of heat-rain with
max. 60°C und 60% humidity
Winter Period: 5 cycles of heating and cooling
with min. -20°C und 80% humidity.
Summer Period: 40 cycles of heat-rain with
max. 60°C und 60% humidity.

Sensors for humidity were installed in the facade
between OSB and EPS. During the cycles a maximum
relative humidity of 66% was measured at this location
(Figure 13). The polyurethane coating was permeable
enough to prevent an accumulation of water.

― temperature [°] ― relative humidity [%]
Figure 11: Fatigue test in the climate chamber at -10° C

Figure 13: measurement reading between OSB and EPS
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Figure 14: Result of the simulation of coupled heat and
moisture transport

In preparation for the hygrothermal test, the coupled heat
and moisture transport during the 90 WKI cycles had
been simulated with the program WUFI (Figure 14).
On the weathered side of the façade the simulation
calculated an oscillating relative humidity between 50%
and 80% for the location between the PUR-coating and
the OSB. Between OSB and EPS a more constant
relative humidity of around 50% was predicted.
5.7 LONG TERM OUTDOOR TESTS
The moisture content in the wood influences the strength
of timber elements and their creep deformation.
Furthermore it is the most important parameter to judge
the risk of decay. To assess the changing moisture
content in directly weathered wood, following the
different climate condition during the course of several
years, the TU-Berlin conducted a long term outdoor test
which lasted 4,5 years. About 10 cm thick timber
elements made from GL, CLT and LVL were tested in
outdoor climate on the roof of the testing hall in Berlin.
Two thirds of the elements remained uncoated, the
remaining one third was sprayed with the 2-3 mm thick
2C-PUR coating. The top coat was omitted, to simulate a
loss of UV-protection due to damages in the top coat.
One half of the uncoated elements were stored in an
open shed, which only provided a roof against direct rain
and sunlight. The measurements in these test specimens
were used as reference values, indicating the moisture
inside the wood in Service Class 2. The remaining half
of the uncoated timber elements were positioned outside,
without roofing and remained directly weathered, as
were the coated test specimens. Figure 16 shows the
rainfall and relative humidity of the air during the first
two years. The moisture content inside the wood was
monitored during a 4,5-year period with a Gann
Hydromette RTU 600 at 25 mm, 35 mm and 50 mm
below the exposed top surface of the wood. For this
purpose insulated screws were preinstalled in the
respective locations. All the timber elements had an
initial moisture content of about 8%. As expected, the
unprotected and directly weathered wood showed a
particularly strong increase and fluctuation of the
moisture content (Figure 15a), with maximum short time
values at about 28%. In contrast the moisture content in

the PUR-coated test specimens remained quite constant
between 8% and 13% (Figure 15c). These values were
significantly lower than the moisture content in the
reference elements in service class 2 (Figure 15b). The
moisture content in these specimens closely followed the
changes in outdoor climate, with a fluctuation from 9%
to 17%. Additionally the moisture content of the coated
timber elements lagged behind the maximum and
minimum values measured in the uncoated, directly
weathered elements. This dampening effect can be
explained by the sd-value of 1,8 m, provided by the PUR
coating. This effect, together with the reduced
fluctuation of moisture inside the wood, reduces
significantly the shrinking and swelling of the timber.
This is especially beneficial for long, extended and
monolithic timber structures, like long span bridges or
long facade elements.

6 COST ASSESSMENT
For the costing four different types of outer wall facades
were assessed (Figure 17). First, a façade element coated
with 2-3 mm PUR, similar to the sandwich panel tested
before. Second, a timber façade element with a thermal
insulation composite system. Third, a timber façade
element with coloured glazed weather boarding, which
requires a lot of repainting during the time of use, to
keep the colour and glazing in good condition. Forth a
timber faced with fibre cement panels. The capitalised
value after 80 years was calculate with an interest rate of
3,4%. Obviously the results of this analysis are
substantially influenced by the assumptions made and
described in more detail in [2], especially for the cost of
maintenance and the service life of individual façade
elements. For the PUR coated façade the good results of
this comparison are mainly due to its low maintenance
costs (Table 2): The PUR coated facade just needs
repainting every 8-10 years, without the need for
laborious sanding of the surfaces prior to painting.
Table 2: Comparison of capitalised value for different facade
types at different points in time [2]

Type of facade
coloured glazed
weather boarding
Facade with 3mm
PUR-coating
Facade with fibre
cement panels
thermal insulation
composite system

manufacturing manufacturing
cost at point in cost at point in
time t=0 years time t=40 years

maintenance
cost during
80 years

capitalised
value
221 €/m²

75 €/m²

19 €/m²

126 €/m²

100 €/m²

26 €/m²

28 €/m²

154 €/m²

188 €/m²

49 €/m²

0 €/m²

237 €/m²

109 €/m²

46 €/m²

1 7 €/m²

172 €/m²

7 LIVE CYCLE ASSESSMENT
A live cycle assessment was carried out for the four
façade types described above (Figure 17 and Figure 18).
The results for the polyurethane coated facades are
similar or slightly better than for the other three types.
Again various assumptions influence the results of this
comparison [2], especially the maintenance cycles and
service live of the different elements. The higher

air humidity [%]

rainfall per day [mm]
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per day [mm]
― rainfall
― air humidity [%]

Figure 16: Relative humidity in the air
and amount of rainfall

time

moisture [%]
a)

directly weathered GL - without coating
BSH-n-04

measurement 25 mm from the edge
― measurement
mm from the edge
― measurement 5035 mm
from the edge
―

∙∙∙∙ trend line of moisture content

max

min

max

min

max

no measurements
in this period

time

moisture [%]
b) sheltered below roof - GL without coating
BSH-oB-07

no measurements
in this period

2011

2012

2013

time
2014

2015

2016

moisture [%]
c) directly weathered GL - with PUR-coating
BSH-mB-03

no measurements
in this period

time

Figure 15: Moisture content in directly weathered timber (left) and PUR-coated timber (right) during a 2 year long-term tests
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Figure 17: Different types of facades assessed in respect of cost and environmental impact[2]

Figure 18: Environmental impact of different façade types[2]

plastic content in the thermal insulation composite
system and the polyurethane coated facade result in a
higher than average acidification potential. In terms of
the greenhouse gas potential (GWP) and the primary
energy input (PEI) the facade with fiber cement boards
performs best, followed by the PUR coated façade.

CONCLUSIONS
The test results presented in this paper justify to assign
timber elements which are coated with a 2-3 mm thick
polyurethane membrane to usage class 2, provided that
the opening of gaps between timber elements is
restricted to less than ca. 3 mm and that the application
of the coating is carried out with due care. The reduced
variation in the moisture content makes the PUR thick
film coating especially valuable for long spanning or
extended timber structures

ACKNOWLEDGEMENT
This research project was supported with funding from
the Research Initiative “Future Building” from the
Federal Institute for Research on Building, Urban Affairs
and Spatial Development (BBSR), for the German
Federal Ministry for the Environment, Nature
Conservation, Building and Nuclear Safety (BMUB)

REFERENCES

[1] Schmid, V.; Yildiz, Ö.; Vogdt, F; Schaudienst, F.:
Sprayed polyurethane elastomer the longlasting
protection of wood against weathering; EACEF,
Institute for Research and Community Service Petra
Christian University Surabaya Indonesia, Singapore
2013
[2] Schmid, V.; Yildiz, Ö.; Vogdt, F.; Schaudienst, F.;
Kesslau, H.: Hybride Holzkonstruktionen mit
Polyurethan. Abschlussbericht Zukunft Bau, F2899.
Fraunhofer IRB Verlag, Stuttgart, 2015
[3] Schmid, V; Yildiz, Ö.: Zum konstruktiven
Holzschutz mit hochelastischen Polyurethan-Spritzelastomeren. Bautechnik 91(2014):15-22, 2014
[4] Schmid, V.; Koppitz, J.P.: Metropol Parasol, Plaza
de la Encarnación-Adventures in Engineering. In
IABSE Symposium Madrid 2014, Engineering for
Progress, Nature and People: Pages 626-627, 2014
[5] Schmid, V.; Koppitz, J.-P.; Thurik, A.: Bonding
Moments - The Adventure of Engineering the
Parasols; Metropol Parasol - J. Mayer H, Ostfildern
2011, Hatje Cantz, 115 - 136
[6] Zauft, D.; Schmid, V.: Composite System of upcycled PUR panels and timber for façade structures;
Proceedings IABSE Symposium, London 2011
[7] European Organisation for Technical Approvals:
ETAG 005: Guideline for European Technical
Approval of liquid applied Roof Waterproofing
Kits, EOTA, Brussels, 2005

WCTE 2016 e-book | 5054

DEVELOPMENT AND IMPLEMENTATION OF PRESCRIPTIVE
PROVISIONS FOR THE CONSTRUCTION OF RESIDENTIAL DECKS IN
THE USA
Joseph R. Loferski1, John Showalter2 and John Bouldin3
ABSTRACT: Many houses in the United States of America (USA) are built with exterior wood decks that are exposed
to the elements. During the past 15 years, many injuries and deaths have been caused by deck collapse or failure of the
guardrail. This paper presents research results from several projects for establishing the load capacity of typical wood
deck connections, assessing the load capacity of various guardrail attachment methods, and suggestions for a standard
testing method for guardrails. These results and detailed engineering analysis of other deck components were incorporated
into the International Residential Code [2] published by the International Code Council and a prescriptive design guide
for construction of residential decks, called Prescriptive Residential Wood Deck Construction Guide (DCA-6), published
by the American Wood Council (AWC) [1]. The prescriptive provisions address minimum requirements needed to build
safe residential wood decks. This information is critical for engineers, builders, building inspectors and homeowners.
KEYWORDS: wood decks, prescriptive guide, DCA-6, residential decks, ledger attachments, wood guardrail testing,
collapse, safety

1 INTRODUCTION
Recently in the United States, the collapse of wood decks
and exterior guardrail systems has become a significant
safety hazard. Compared to failures or collapses of wood
buildings or wood building components, failures of wood
decks have become relatively common especially during
the summer months when decks are frequently used.
Decks are often built several meters (many feet) above
ground level and a fall from such a height can be lifethreatening. Many people occupy these structures during
outdoor events and gatherings and a failure often results
in serious injuries or death. Because wood decks are
exposed to weather for periods of many years, the effects
of moisture cycling on wood components can lead to
wood decay and fastener corrosion. The effect of long
term exposure magnifies defects in construction and
materials.
In addition, changes in the chemical
formulation of pressure preservative treated lumber
resulted in the need for a higher level of galvanic
protection, or an upgrade to stainless steel, for steel
fasteners and connection hardware, and a change in
flashing materials to minimize the risk of corrosion. In
the years immediately following this chemical change
(January 1, 2004), incompatible fasteners, connectors, and
flashing were not uncommon.
Research has shown that most deck related accidents are
caused by failure of the deck-to-house connection, or
failure of the deck guardrail system [5]. Other possible
failure mechanisms exist and should be addressed during
construction to produce a safe and usable structure. When

the connection of the deck–to-house fails, the deck
typically collapses catastrophically often resulting in
many serious injuries or death. The failure of a deck
guardrail can cause people to fall from the deck and also
may result in serious injuries.
Until recently, builders and building officials had little
nationally developed information on the construction of
safe decks. Many state and local jurisdictions developed
their own regional provisions. Prior to 2009, the
applicable national building code for prescriptive
residential construction, called the International
Residential Code (IRC) [2], did not provide detailed
information on deck construction such as ledger-to-house
connections or attachment of the guardrail post to the
deck. More recent versions of the IRC contain ledger-tohouse connection and other provisions. The International
Building Code (IBC) [3] provides the design loads and
general requirements but does not provide details on how
to construct the deck to carry those loads. Therefore an
engineer would be needed to design non-residential decks,
however, this is uncommon in prescriptive residential
construction in the USA.
The objectives of this paper are to:
1.

Present research on testing of deck-to-house
connections and guardrail posts that was used in
the development of prescriptive provisions for
residential wood deck construction in the IRC
[2] and the “Prescriptive Residential Wood
Deck Construction Guide DCA-6” [1]
published by the American Wood Council.
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2.
3.

Discuss the need for standardized test methods
for guardrail post connections.
Present some details and limitations of the IRC
and DCA-6 deck construction guide.

produce a very weak connection especially when smooth
shank nails are used due to the reduction of withdrawal
strength with moisture cycling found in exterior decks.

The prescriptive deck provisions of the IRC [2] and
construction guide, DCA-6 [1], use research results and
engineering procedures to provide guidelines for the
assembly of decks and guardrails for safely resisting
vertical and lateral loads.

2 BACKGROUND: DECK FAILURES
Data obtained from news sources from across the USA
documents the large number of deck related injuries that
have occurred in recent years. Some recent deck related
accidents are presented in Table 1. The Table shows that
deck related accidents occur across the USA and Canada
and are not attributed to any particular location.
The human occupancy loads at the time of deck collapses
are estimated and often found to be approximately one
half of the design load. The evident question is “why are
failures occurring at loads well below design loads?”
Table 1: Partial list of recent deck accidents in USA. (From
News sources).

Location
Elbridge NY
N. Smithfield RI
Paris Maine
Oak Island NC
Lexington KY
Attleboro MA
N. Bay Village FL

Date
April 2012
April 2012
May 2012
June 2012
September 2012
August 2012
June 2013

Nova Scotia Canada

September 2013

Gulf Shores AL

March 2013

Montvale NJ

April 2014

Springfield MO
Burlington MD
Rogersville MO
Calhoun GA

August 2015
August 2015
August 2015
November 2015

Result
Five injured
Two injured
Four injured
three injured
three injured
One injured
five injured
sixteen
injured
Seven
injured
seven
injured
six injured
two injured
five injured
ten injured

2.1 DECK LEDGER ATTACHMENT TO HOUSE
Figure 1 shows a typical deck attached to a house with a
ledger board and supported at the other end by wood
columns or posts embedded in the ground. The circle in
the figure shows the critical location of the deck-to-house
connection. This connection is typically made with bolts
or lag screws attached through the deck ledger board and
into the band joist or floor joist of the house framing.
Failures of this connection are often attributed to: 1) wood
decay, due to improper flashing, and 2) improper type,
size and placement of fasteners. In some cases nails alone
were used to carry the vertical and horizontal loads. Nails

Figure 1: Typical wood deck attached to house using deck
ledger board connected to house framing (Circled). Opposite
end of deck is supported by posts.

Figure 2 shows a deck collapse that occurred in Canada in
which 16 people were seriously injured. The photo shows
the relatively intact deck on the ground after the collapse.
The deck was improperly attached to the house.

Figure 2: Deck collapse caused by failure of ledger board to
house connection. (From Chronicle Herald, Nova Scotia
Canada).

Figure 3 shows the scene after a deck collapse in which
multiple people were seriously injured. The collapse is
attributed to failure of the deck-to-house connection due
to both wood decay in the house and improper size and
placement of fasteners. This type of failure is often due to
a lack of proper flashing to protect the supporting framing
members at the critical connection.
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Figure 3: Deck collapse due to failure of ledger board to house
connection.

Figure 4 shows the view from beneath a deck with joists
attached to the ledger board using toe nails alone. Only
one bolt attaching the ledger board to the house is visible.
Also, the ledger board appears to be improperly attached
through the brick veneer. This situation can cause a
catastrophic collapse of the deck.

Figure 4: View showing underside of a deck built using toenails
alone to hold the joists to the ledger board without ledger strips
or joist hangers. In addition, the ledger is improperly attached
to or through brick veneer.

Figure 5 shows a view from beneath a deck with a
cantilevered I-joist improperly supporting a deck. The
figure shows a lag screw penetrating the engineered rimboard and ledger board and the split flange of the I-joist.
A connection of this type can cause a catastrophic collapse
of the entire deck.

Figure 5: The view from beneath a deck with lag screw
improperly inserted into the end grain of the bottom flange of a
wood I-joist causing a split in the flange. The deck is also
improperly attached to the cantilevered I-joist.

Figure 6 shows a poorly built deck with beams and joists
improperly supported by the posts. The band joist of the
deck appears to be near collapse. Also the guardrail is
improperly built with a) improperly large spacing
between the rails, and b) the posts improperly toenailed to
the deck.

Figure 6: Poorly built deck showing joists and beams near
collapse and guardrail posts improperly toenailed to deck.

2.2 GUARDRAIL FAILURES
Injuries from guardrail failures typically involve fewer
people than the failure of the ledger board-to-house
connection. However the resulting injuries can be just as
severe especially if the deck is elevated several meters
(many feet) above the ground. The failure often happens
when one or more people lean against the guardrail and
the guard fails causing people to fall to the ground. The
failure can be caused by any component of the guardrail
such as the top rail-to-post connection, the baluster,
notched guard posts, or most commonly, the post-to-deck
connection.
Figure 7 shows an improperly constructed guardrail. The
guardrail lacks balusters, has improperly notched posts
made of 50 X 100mm (2 x 4 in.) lumber and improper
support of the deck itself. If people lean against the guard
rail it will likely fail causing a fall to the ground below.
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Furthermore, a child could easily fall through the open
space in the guardrail.

Figure 7: Deck guardrail improperly constructed with no
balusters, improper spacing of the guard components and
improper posts.

Figure 8 shows the base of a guardrail post from Figure 6
that is toenailed to the deck. This critical connection must
be constructed to resist the design load of 889 N (200 lbs)
from any direction. The improper guardrail designs shown
in Figures 7 and 8 can be life threatening.

live load plus 479 Pa dead load (40 lbs/ft2 (psf) live load
plus 10 psf dead load). The IBC [3] also allows for load
testing when “a construction is not capable of being
designed by approved engineering analysis” or “does not
comply with applicable material design standards.” In the
case of common deck-to-house attachment, the minimum
required threaded lag screw penetration is 4 times the
fastener diameter. This requirement is not met with
common dimension lumber which is 38 mm (1.5 in.) thick
and commonly used lag screws of 12 mm (0.5 in.)
diameter. Therefore, a joint research project to test actual
connections and determine the ultimate capacity of the
connection was conducted at Virginia Tech in Blacksburg
Virginia USA and Washington State University in
Pullman, Washington USA [4].
This research was incorporated into the IRC [2] and
prescriptive design guide [1] by developing a table for
minimum fastener spacing for various joist spans, various
commonly used ledger and house band joist materials and
species, and for two different commonly used fasteners
(lag screws and bolts). Drawings of fastener placement
were also developed to show builders the minimum edge
and end distances for various sized wood members. The
research results were incorporated into the IRC [2] and
DCA-6 [1], in an easy to use table (see Table 2) for
determining the fastener spacing in ledger-to-house band
connections.
Figure 9 shows a laboratory test of a simulated deck with
two preservative treated joists attached to the deck ledger
board. The deck ledger board is fastened to the simulated
house band joist with a 12 mm (0.5 in.) diameter bolt (or
lag screw). The load is applied to the two joists by a
hydraulic ram pressing onto a steel tube section. The load
is measured by an electronic load cell. The relative
deformation between the band and the ledger boards was
measured by a LVDT. The load was applied continuously
until the bolted connection failed.

Figure 8: Deck guardrail post improperly toenailed to the deck.

3 RESEARCH AND TESTING OF
CONNECTIONS AND GUARDRAILS
The IRC and prescriptive residential wood deck
construction guide [1] incorporates research results from
testing of typical connections for house to deck ledgers,
lateral load testing of entire decks, and guardrail testing.
This section presents some details of these test programs.
3.1 LOAD CAPACITY OF LEDGER TO HOUSE
CONNECTIONS
The IBC [3] defines the uniformly distributed vertical
design load requirements for residential decks as 1915 Pa

Figure 9: Laboratory test of simulated house to deck connection
showing two joists attached to the deck ledger with a bolt
connecting the ledger to the simulated house band joist. LVDT
is seen for measuring the displacement.

Figure 10 shows another view of the test arrangement
shown in Figure 9. A piece of 12 mm (0.5 in.) thick
oriented strand board (OSB) was located between the
band and the ledger boards to simulate the effect of house
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sheathing between the two boards. The sheathing acts as
a spacer between the two boards and creates a plastic
hinge in the bolt that reduces the strength of the bolted
connection.

Figure 10: Another view of the test arrangement shown above
showing the load cell and the steel load tube. Insert shows top
view of test configuration with OSB sheathing, and a stack of
washers commonly used for drainage.

Three different cases were tested to cover the commonly
used connections: 12 mm (0.5 in.) diameter lag screws
with 12mm (0.5 in.) thick OSB sheathing, 12 mm (0.5 in.)
diameter bolts with 12mm (0.5 in.) thick OSB sheathing
(Figure 10), and 12 mm (0.5 in.) diameter bolts with both
12mm (0.5 in.) OSB sheathing and a 12 mm (0.5 in.) thick
stack of washers that are sometimes used for water
drainage in deck construction [4].
The wood and wood-based materials tested were selected
from commonly used house and deck construction
products including four types of band joist materials,
(Spruce-pine-fir lumber, 2 thicknesses of Douglas-fir
laminated veneer lumber (LVL) used as rim board, and
28.5 mm (1.125 in.) thick OSB rim board). The deck
materials were preservative treated southern pine, and
preservative treated Hem-fir [4].
Tests were performed using the test arrangement shown
in Figures 9 and 10 by applying load at the middle of the
joist members at a constant displacement rate of 12.5
mm/min. (0.5 in./min.) to failure of the connection.
Design loads were computed by dividing the test ultimate
load by two to account for the load distributed to each end
of the joists. Then the test load was divided by load
duration factor of 1.6 and then by a safety factor of 3.0.
The safety factor of 3.0 was used rather than the
commonly used factor of 2.5 to produce more
conservative design values because of the lack of
redundancy in the house-to-deck connection [4].

Table 2: Fastener spacing table from DCA-6 [1] showing the
spacing of various fasteners for a variety of joist spans,
materials and fasteners. The data in the table was derived from
research described in [4].

The use of Table 2 allows builders and building officials
to quickly and accurately determine the maximum
fastener spacing. These fasteners must be placed in a
“W” pattern to distribute the load from the deck to the
house band or rim board. This pattern reduces the chance
of the deck ledger board failing in tension perpendicular
to grain if all the fasteners are located in the upper half
of the deck ledger board or in a single row.

3.2 GUARDRAIL REQUIREMENTS
A deck guardrail is a system of interconnected parts that
transmit loads to the deck substructure and protects
occupants from falling off the deck. Guardrails consist of
many parts fastened together with bolts, nuts and
washers, screws, or nails.
The IRC [2] has requirements for guardrails. Some of
these requirements are:
1.

2.
3.
4.

The guardrail must be at least 914 mm (36 in.)
above the deck surface and the guardrail point
design load is 889 N (200 lb.) applied in any
direction at the top of the rail.
A guardrail must be installed if the deck surface
is greater than 760 mm (30 in.) above the
ground or adjacent walking surface.
The design load for the balusters is 222 N (50
lbs. per ft2) horizontally.
To minimize the risk of children falling from
decks, the spacing of balusters shall not permit
a 101 mm (4 in.) diameter sphere to pass
between them. This requirement also applies to
the space between the lower rail and the deck
surface.
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5.

The baluster spacing on steps shall not allow a
111 mm (4.375 in.) sphere to pass between
them. This distance was used because the
geometry of balusters on steps does not allow
for the spacing requirement in #4 above.

configuration results in high load capacity of the
guardrail post attachment.

3.3 GUARDRAIL ATTACHMENT TO DECK
A connection that is critical for the safety of occupants is
the guardrail post-to-deck attachment. Analysis of this
connection shows that extremely high forces are
produced at the base of the post due to the application of
a horizontal design load at 914 mm (36 in.) above the
deck surface. The effect of this force is amplified by the
length of the moment arm of the post.
3.3.1 Failure mode
One mode of failure is guard post breakage, often due to
notching, which is not allowed under DCA-6 [1]. Figure
11 shows a guardrail post that has been notched at its
base. This is an improper and unsafe practice that was
commonly used by builders before the introduction of
DCA-6 [1].

Figure 12: View from beneath deck showing bottom of
guardrail post with metal hold down anchor attached to joist
side.

3.3.2 Need for standardized tests
At this time, there are no standardized tests for
determining the load capacity of a wood guardrail postto-deck connection. The lack of a standard means that
test results may differ if the same connection is tested by
different laboratories.

Figure 11: Improper notching at the base of guardrail post.
The notch can lead to a split post and complete fracture
causing occupants to fall.

The mode of failure is rarely the bolted connection
between the post and the band joist. Instead, the failure
of a guardrail often occurs when the deck band joist,
together with the attached post, rotate away from the
joist ends due to fastener withdrawal from the end grain
of the joists. The band joist must resist both a horizontal
withdrawal force and torsion due to the moment induced
by the post. An improper connection may result in a
catastrophic failure of the guardrail system [5].
Laboratory tests of guardrails show that metal holddown anchors can be attached to the sides of the joists,
thereby loading the fasteners in shear rather than in
withdrawal from the end grain [11, 12]. This
arrangement more effectively transmits the high loads
caused by the lever action of the posts into the deck
substructure. Figure 12 shows a commercial hold down
anchor used as a post-to-deck connector. This

The IRC [2] specifies a concentrated design load for
residential guardrails of 889 N (200 lb.) applied in any
direction at the top of the rail. Figure 13 shows a
schematic of such a load configuration. A possible
question is “what angle of loading relative to the post
should be used to produce the most representative and
conservative test result?” The vertically placed load is
relatively easy to resist with bolts. However, when load
is horizontal, the post-to-deck connection is highly
loaded as described above.
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Load Cable to test
machine
Load Cell
Guard Post at 90 degrees
to the horizontal
Figure 1: For residential construction the IRC [2] requires
“guardrails and handrails” to be designed to support a
minimum single concentrated load of 889 N (200 lbs.) “...in
any direction at any point along the top.”

The research discussed in [5, 10, 11, and 12] utilizes a
method where a simulated deck structure is constructed
of preservative treated wood joists (in the wet condition)
and firmly attached to the laboratory floor. A
preservative treated band joist is attached to the joist
ends with commonly used fasteners such as stainless
screws. The post is then attached to the deck band joist
and a new connector or a new arrangement of wood
cleats/braces is tested. The load is applied normal to the
guard post in its initial vertical position. The load is
applied using a hydraulic or mechanical testing machine
of a suitable load capacity. A roller chain and a system
of sheaves is used to magnify the travel of the testing
machine ram. The load cell is attached to the roller chain
near the post so that the load is accurately measured. It
was observed that if the load cell was positioned past the
sheaves friction in system caused inaccurate load
measurements. The load is applied at a distance of 952
mm (37.5 in.) above the joists to account for the
thickness of the 38 mm (1.5 in.) deckboards plus the 914
mm (36 in.) guardrail height. The load rate was selected
as 25.4 mm / min (1 in. / min) to produce failure in about
10 minutes.
An advantage of this test method is that it is easy and
economical to test a wide variety of post-to-deck
connections and geometries. Also, the method
realistically simulates the loading when an occupant
leans against the guard rail. A disadvantage of this
arrangement is that as the load increases the angle
between the cable and the post changes due to the
deformation of the post and possibly the band joist. As
the angle of loading changes the proportion of load in the
horizontal and the vertical directions (the vector
components) also change. This can cause the post and
connector to see a significant vertical load component at
high loads due to the large deformation. An alternative is
to start the test at a loading angle of less than 90 degrees,
such as perhaps 30 degrees. Then as the post deforms the
angle changes and approaches the horizontal. But the
advantage of having the initial angle at 90 degrees to the
post outweighs the disadvantage due to its simplicity and
realistic occupant loading. Figure 14 shows a diagram
with the post being loaded at 90 degrees to the post in
the initial configuration. Figure 15 shows a guard post
deformed during a test to an angle other than the initial
90 degrees.

Figure 14: A schematic of the guardrail test method where the
initial loading angle is 90 degree to the post.

The test method in [5, 10, 11, and 12] uses several linear
potentiometers mounted to the deck band joist and to the
top of the post to measure rigid body motion of the deck
substructure and the deformation at the top of the post.

Load Cell
Load Cable to
test machine
Guard Post

Figure 15: A schematic of the guardrail test method where the
loading angle (exaggerated) is greater than 90 degrees during
a test due to deformation of the post.

Table 3 shows some test results of various guardrail-topost configurations. Considering a safety factor of 2.5,
the required test load is 2,224 N (500 lbs.) to be
considered as a building code conforming assembly [3].
Table 3 shows that commonly used bolts or lag screws
alone cannot carry the load. However, metal hold down
anchors, as seen in Figure 12 easily surpass the required
load. The asterisk in the table indicates that the test was
stopped before the connection completely failed.
Table 3: Test loads at failure for various post-to-deck
guardrail connection configurations. The required minimum
test load of 2,224 N (500 lbs) load (200 lbs X 2.5 safety factor)
is required to pass the laboratory test. (1 lb.= 4.448N).

Connection Assembly

½-inch
Lag screws
½-inch
Bolts

Average
Test Load
(lbs.)

Test Loads
(lbs.)

Average Test Load
as Percent of 500
lbs.

178

146 to 211

35%

237

217 to 248

47%
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Metal shear wall Anchor
(4x4 post inside band)

645

593 to 687*

129%**

Metal Shear wall Anchor
(4x4 post outside band)

686*

653* to 713*

137%**

Figure 18 shows a 100X100mm (4x4 in.) guardrail post
being tested at Virginia Tech with the equipment in
Figure 16 and 17. The figure shows the deformation of
the post at the design load.

Figures 16 and 17 show a laboratory test of a guard rail
post with a roller chain used to load the post. The sheave
is used to redirect the vertical load of the test machine to
a horizontal load on the post.

Figure 18: Test of guardrail post assembly for 100 X 100mm
(4x4 in.) southern pine post located outside of the band joist at
design load of 889 N (200 lbs.). Note small deformation of the
post.

Figure 16: Test set up showing the simulated deck attached to
laboratory floor and roller chain applying horizontal load to
top of post.

Figure 19 shows the post loaded well beyond the design
load and the required test load. The large deformation of
the post is seen and the angle of the load to the post is
much larger than 90 degrees.

Figure 19: Outside band joist specimen loaded with 2,891 N
(650 lbs.). The specimens exhibited extreme “ductility” and
this test characteristic is considered a desirable safety feature.
Note the large angle between the post and the load and the
torsion in the band joist.
Figure 17: Another view of test set up showing the roller
chain and sheave redirecting the vertical travel of the ram
in a horizontal load applied at the top of the post.
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4 DEVELOPMENT OF THE
PRESCRIPTIVE GUIDE
The Prescriptive Residential Wood Deck Construction
Guide-DCA-6 [1] was developed in 2007 by the American
Wood Council to address many issues related to
residential wood deck construction. The guide is intended
for use by engineers, builders, building officials, and
anyone else who is interested in the construction of safe
decks to conform to the current building code (IRC 2012)
[2]. The guide was developed by a technical committee
composed of interested representatives of the wood
industry
including
home
builders,
connector
manufacturers, building officials and academia. The
committee used a document created by the Fairfax
County, Virginia Department of Public Works and
Environmental Services (USA) to form the DCA-6 deck
construction guide. Compared to the Fairfax County
document, the DCA-6 guide was expanded to represent
the construction of decks on a national basis. For example,
DCA-6 includes span tables and fastener requirements for
decks constructed with species commonly used in the
eastern and western states of the USA [6].
In addition to provisions incorporated in the IRC [2], the
prescriptive design guide uses results of laboratory tests
for some components and engineering analysis
procedures for other components to provide guidelines for
the assembly of decks and the critical components
including footers, posts, beams, joists, connections,
materials, moisture control and flashing, vertical and
lateral load resistance, guardrails, stairs and handrails,
The current guide is based on the 2012 IRC [2]. The guide
contains tables and drawings to show assembly details of
the various deck components to resist design loads.
Some minimum requirements and limitations of the DCA6 include the following [1]:
1.

2.

3.

Single level residential decks with a uniformly
distributed design live load of 1915 Pa (40 psf)
plus 479 Pa (10 psf) dead load. Multiple level
decks are not addressed. Furthermore, nonresidential decks or balconies are not addressed
by the guide. The guide does not apply where
large concentrated loads such as hot-tubs or
snow loads greater than the design live load
stated above are expected. For those situations,
the deck must be designed by a design
professional.
For wind and seismic considerations, decks are
considered open-front structures. Decks are
assumed to be diaphragms and are limited to
length-to-width ratio of 1:1. Larger aspect ratios
may be permitted where calculations show that
larger diaphragm deflections can be tolerated.
[1].
Supporting posts are assumed to be 139x139 mm
(6x6 in.) cross-sections. Larger posts such as
184x184 mm (8x8 in.) posts may also be used. In

some instances, 89x89 mm (4x4) posts are
permitted.
4.

Wood shall be treated with preservatives
conforming to an approved process.
Alternatively, wood of naturally durable species
such as the heartwood of Redwood or Western
Cedars can to be used for deck construction.
Wood in ground contact must treated to a
chemical retention that is suitable for ground
contact.

5.

Threaded nails should be used instead of smooth
shank nails due to their superior holding power
in wood subject to changes in moisture content
as typically found in decks. To resist corrosion,
all metal fasteners (nails, screws, bolts, lag
screws) shall be hot dipped zinc coated
galvanized steel, stainless steel, silicon bronze or
copper. All fasteners and hanger hardware shall
be of the same corrosion resistant metals.
Lateral load resistance is accomplished by holddown tension fasteners attached to the house
framing. Deck ledger boards are not permitted to
be attached to brick veneer or to cantilevered
house framing.
Flashing of noncorrosive metal or approved nonmetallic materials shall be used to direct water
away from water trapping joints between the
deck ledger and the house framing. Aluminium
flashing is specifically prohibited due to the
highly corrosive reaction with modern
preservative treated wood.

6.

7.

The DCA-6 is an important step forward for reducing the
number of injuries associated with residential decks. It is
currently available from the American Wood Council web
site as a pdf document.

5 CONCLUSIONS
This paper presents information regarding prescriptive
provisions for residential wood decks. Two primary
causes of deck related injuries are the house-deck
connection and the guardrail system. Development of the
IRC and DCA-6 prescriptive provisions for residential
deck construction has been instrumental in reducing
safety hazards by providing structural details for
residential wood decks. Designers, builders, building
officials, and others have guidance based on engineering
principles for constructing safe wood decks.
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ON THE DESIGN OF TIMBER ELEMENTS ACCORDING TO BUILDING
CODES OF EUROPE, RUSSIA AND JAPAN
Delyana Boyadzhieva, Kaori Fujita 2
ABSTRACT: The purpose of this paper is to compare the main provisions of the building codes in Europe, Russia and
Japan which concern the design of timber elements. The building codes reflect the building traditions, accumulated
historical experience, climatic and geographic features of each party. First of all we discuss design methods and the
design work life of the structures. Then we compare the different ways of taking into account the load duration and the
moisture contents. A comparative presentation of the effective cross section for elements subject to tension, bending,
compression and shear follows, while at the end we discuss the limits for vertical deformation of elements subject to
bending. The results of this comparison can be used to improve the building regulations of the countries that concern
the design of timber elements. The outcomes could be applied for the development of uniform global building standards
and regulations for the design of timber elements.

KEYWORDS: Timber structures, Design methods, Eurocode 5, Building code of Japan, Building code of Russia

1 INTRODUCTION 123
Timber is the only building material on the planet which
is naturally renewable and recyclable. The use of timber
as a structural material dates back in prehistory. Because
of the traditions of using timber and the global
tendencies for implementing sustainable building
materials nowadays, the timber structures become more
and more popular.
Building codes are sets of legal requirements, the
purpose of which is to promote good practice in the
design and construction of buildings in the interest of the
health and safety of people who use buildings. The
building codes set out the basic requirements to be
observed in the design and construction of buildings and
promote energy efficiency of buildings.
The Building code in all countries has different roots /
foundations / but the general aim is to safeguard the life
and health of people by providing minimum standards
concerning elements, structures, equipment etc.
Eurocodes are sets of harmonized technical rules
developed by the European Committee for
1
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Standardisation for the structural design of construction
works in the European Union. By March 2010 the
Eurocodes are mandatory for the specification of
European public works. They are intended to become a
future standard for the private sector. The Eurocodes
replace the existing national building codes, although
many countries had a period of co-existence of both
legislations.
In Japan there are the Building Standard Law and the
Enforcement Ordinance of Building Standard Law [….],
which are mandatory for design of buildings. The actual
design methodology that is shown in the “Standard for
Structural Design of Timber Structures - Allowable
Strength Design Method” by the Architectural Institute
of Japan […] is not mandatory. The Building standard
law of Japan is issued by the Central Government – The
Ministry of Land, Infrastructure, Transport and Tourism.
The Building regulation framework of Russia is issued
by the Ministry of Regional Development of the Russian
Federation. These regulations are mandatory, named as
SNIP that means Building code.
This paper adopts the term “code” for the all building
standards, regulations and laws as a common term.
The global economic trend of cross-border trade of
commodities and services and wide and rapid spread of
technologies reaches higher and higher levels each year.
As a result of this tendency there is a need to develop
uniform global standards and regulations in all fields of
life, construction sector included.
Europe, Russia and Japan have traditions with a long
history in developing various timber constructions. Their
building codes reflect these building traditions,
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accumulated historical experience, climatic and
geographic features of each party. An examination of of
the main provisions of building regulations for timber
structures of Europe, Russia and Japan will allow to
outline the points of difference which concern the design
of timber elements. The results of this assessment might
be used to synchronise the building regulations about the
design of timber elements. At the same time it would be
useful for the development of uniform global building
standards and regulations about the design of timber
elements.

2 DESIGN METHODS
Structural engineering theory is based upon applied laws
of physics and empirical knowledge of the structural
performance of different materials and geometries.
Methods of reliability assessment of structures can be
distinguished in a number of historical, mathematical
and other aspects. In general, they are deterministic
methods (based on safety coefficient) and semi- or fullyprobabilistic methods (based on philosophy of limit
states and methods of mathematical statistics and
probability).
2.1 EUROPE AND RUSSIA
Historically, the oldest method of timber structures
design and their reliability assessment dates back to the
19th century. It is known as the Method of Allowable
Stresses (Allowable Stress Design). In the literature it is
found also as Admissible or Permissible Stress Design.
This classical method adheres to the deterministic
concept of reliability assessment.
In the second half of the 20th century, from fully
deterministic and overly simplified methods followed the
method of partial coefficients which was applied in the
reliability assessment of structures, including timber
structures. The method of partial coefficients enables
more consistent assessment in case of application of the
2nd order theory, use of plastic reserves and clearer
perception of load. In this method, uncertainties
(distribution of random variable quantities that
influences the result) are split between the side of load
actions and the resistance of the structure.
The Russian and the European Union’s (Eurocode
standard) building codes provide design methodology
based on the Limit States Design.
The Limit state design (LSD) is also known as load and
resistance factor design (LRFD). The limit state is a
condition of a structure beyond which it no longer fulfils
the relevant design criteria.
Limit states are defined for the structure (e.g. strength
states for bending, bearing and shear) and design checks
are undertaken at each state in order to demonstrate that
it would either be satisfactory or unsatisfactory.
2.2 JAPAN
The Building Code of Japan for Timber structures is
based on 5 methods, depending on the floor area and
height of the building. The methods are: Wall amount
(quantity) method - Route 1 (0), Allowable stress

method - Route 1 (2), Horizontal load carrying capacity
method - Route 2 (3) - Limit state design, Capacity
spectrum method – CSM (Response and limit strength
calculation method) and Time history response analysis.
The different methods are named “Route”-s and
according to various sources the number of special route
is different, so there are two numbers for the listed routes
above. The ordinary timber houses are design according
to the first 3 methods – Route 1, Route 2 or Route 3. The
traditional shrines and temples do not cover the
requirements of the Building Code for design according
to Route 1, Route 2 or Route 3. These buildings have to
be designed according to the Capacity spectrum method.
The buildings that are higher than 60 m have to be
designed based on Time history response analysis.

3 DESIGN WORKING LIFE OF THE
STRUCTURE
According Eurocode system /EN 1990/ [2] the design
working life of the timber structures is fifty years.
Eurocode allows the design working life of the structure
to be discussed with the client and to be changed. A
period of fifty years is the recommended value for
design work life of structures. The recommended value
for design work life of important structures as bridges
and other civil engineering structures is hundred years
[2].
According to the Russian building code and the
Bulgarian building code prior to 2014 - the one before
Eurocode system enters into force - the design work life
of the structures normally is fifty years, it does not
matter of the building materials. For important structures
such as bridges the recommended value for design work
life of structures is minimum hundred years [5].
According to Building Code of Japan the design working
life of timber structures is fifty years. For important
structures such as bridges recommended value for design
work life of the structure is minimum hundred years [4,
7].

4 ABOUT THE LOAD DURATION AND
THE MOISTURE CONTENT
Timber is unique as a building material, because of its
strength properties depend on the duration of the applied
load. Thus, for any structural member, and, in fact, any
particular design check (shear, flexure, etc.), the strength
of the member depends on the time effect (duration) of
the load (or combination of loads) considered.
The strengths of timber and timber-based products
depend on the period of time over which they put under
load. The longer the load duration is the greater the
reduction in its strength.
The strength of timber and of timber-based products
reduces as the moisture content of the material increases.
The buildings codes take into account this dependency in
various ways.
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Table 3: Load duration classes (Eurocode 5) [3]

4.1 EUROCODE 5
Eurocode 5 defines five classes for load duration and
three classes for moisture contents of the timber
elements.
4.1.1 Load duration classes
EN 1995-1-1 has defined five load duration classes:
• Permanent;
• Long term;
• Medium term;
• Short term;
• Instantaneous.
4.1.2 Service classes
EN 1995-1-1 gives three different environmental
conditions that can be expected in design. They are:
• Service class 1 – is characterised by a moisture
content in the materials corresponding to a
temperature of 20°C and the relative humidity
of the surrounding air only exceeding
65% for a few weeks per year.
NOTE: In service class 1 the average moisture
content in most softwood will not exceed 12%.
• Service class 2 – is characterised by a moisture
content in the materials corresponding to a
temperature of 20°C and the relative humidity
of the surrounding air only exceeding
85% for a few weeks per year.
NOTE: In service class 2 the average moisture
content in most softwood will not exceed 20%.
• Service class 3 – is characterised by climatic
conditions leading to higher moisture contents
than in service class 2.
Table 1: Service classes according to Eurocode 5 [3]

Service
class
1
2
3

Average
moisture content
of the material,
%
less 12
less 20
over 20

Maximum humidity
of the surrounding
air in case of 20°C
temperature
65
85
-

These factors (duration of load and moisture content) are
taken into account by modification factor – kmod.
Table 2: Values of kmod for solid timber (Eurocode 5) [3]

Load duration class
Permanent action
Long term action
Medium term action
Short term action
Instantaneous action

Service class
1
2
0,60
0,60
0,70
0,70
0,80
0,80
0,90
0,90
1,10
1,10

3
0,50
0,55
0,65
0,70
0,90

Load duration
class
Permanent
Long-term
Medium-term
Short-term
Instantaneous

Order of accumulated
duration of characteristic
load
more than 10 years
6 months 10 years
1 week - 6 months
less than one week
-

4.2 Building Code of Japan
Building Code of Japan defines three different
environments that depend on the moisture content. These
categories are:
• I
– the element is all time in the wet state;
• II – the element is intermittently wet;
• III – normal use.
K m is the factor that take into account the moisture
content and the value is:
K m = 0,7 – in case of I category;
K m = 0,8 – in case of II category;
K m = 1,0 – in case of III category;
4.3 Building Code of Russia
Building Code of Russia presents different
environmental conditions that depend on the maximum
humidity of the surrounding air in case of 20°C
temperature and the average moisture content of the
material will not exceed given values (see Table 4).
Table 4: Service classes according to Building Code of Russia

Average
Maximum humidity
moisture content of the surrounding
of the material,
air in case of 20°C
%
temperature
1А
less 8
40
1
8 — 12
65
2
less 15
75
3
less 20
85
4
over 20
over 85
NOTE: 1. It is possible short term exceeding of the
maximal humidity for 2 – 3 weeks per year.
Service
class

5 DESIGN OF ELEMENTS
Design of elements means to choose cross sections that
satisfy the requirements for safety, for normal use and
for comfort of building users.
This design procedure depends on the Building Code,
but they possess similar meaning in general.
There are two main groups of design verifications that
have to be satisfied, i.e:
• Strength of the elements, joints and structure as a
whole, incl. stability (buckling);
• Deformation and vibrations.
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The elements of the structures are subject to tension,
compression, bending, shear or combinations of bending
and tension or compression.
Building code considers design of elements subject to
tension, compression, bending and elements subject to
combination of bending and axial tension or subject to
bending and axial compression. It also takes into account
the shear and torsional cases.
For the elements subject to bending, compression or a
combination of bending and compression, the main
verification concerns the stability of the element. This is
the reliable state for these elements.
5.1 Effective cross section
Design of elements must take into account the holes and
notches of the elements. The Building Codes recommend
various ways to take into account such cases.
5.1.1 Tension
• Eurocode 5
According to the Eurocode 5 the area for determining the
tension stresses of the element is the effective cross
section. All holes within a distance of half the minimum
fastener spacing measured parallel to the grain from a
given cross-section should be considered as occurring at
that considered cross-section (Figure 1).

If the section is unsymmetrical the maximum area of the
holes or the notches is 33 % of the whole area of the
cross section. If the section is unsymmetrical in the
section with notch, the force will not be in the axes of
the cross section. Hence there will be normal force and
bending moment, and the design of this section will not
be for tension.
Note: There is a factor that has to be applied to reduce
the strengths of the material. The value of this factor is
0,8.
• Building Code of Japan
There is a limitation for the maximum size of the
notches; they have to be less than 25 % of the section.
The effective area in case of notch at the edge of the
element as on Figure 2 – A is:

Ae = 0,5. b .(h  h ')

(1)

A

B

A

Figure 2: Beam with a notch (A) and with a hole (B)

The effective area in case of a hole (opening) in the
element as on Figure 2 – B is:

B

Figure 1: Effective cross section according Eurocode 5

The holes could be ignored if they are from nails and
screws, with a diameter of 6 mm or less, driven without
pre-drilling. The holes in the compression area of
members could be ignored if the holes are filled with a
material of higher stiffness than the timber.
• Building Code of Russia
All holes within a distance of 200 mm measured parallel
to the grain from a given cross-section should be
considered as occurring at that considered cross-section.
If the holes are in one line they have to be included only
once, even if the distance is less than 200 mm. There is
also a limitation of the size of the notches and holes. If
the section with holes or notches is symmetric the
maximum area of the holes or the notches is 50 % of the
whole area of the cross section.

⎛
ϕ⎞
Ae = ⎜ 1 
⎟ .b . h
⎜
h ⎟⎠
⎝

(2)

The effective area of cross section for elements with
holes subject to tension has significant differences
compared to the net area of the section, according to the
Building Code of Japan.
The chart shown in Figure 3 presents this comparison.
The line “B” (dotted line) is the factor that presents the
net section as a percentage of the whole depending on
the ratio of the hole to the total height of the cross
section. This can be written and as:

⎛ ϕ⎞
Anet = A . ⎜1  ⎟
⎝ h⎠

(3)

The line “A” (continuous line) on Figure 3 is the factor
that presents the effective section as a percentage of the
whole depending on the ratio of the hole to the total
height of the cross section.

⎛
ϕ⎞
Ae = A . ⎜ 1 
⎟
⎜
h ⎟⎠
⎝

(4)
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The equation present in Building Code of Japan gives
considerable smaller area, that to be used for the design
of the element. According to this the section has to be
reduced with additional 25 %. This means if the hole is
25 % of the height, then the effective cross section will
be 50 % from the whole, in case of the net section being
75 %.

reach the edge of the element, and if they are less than
1/4 of the area of the section (Figure 4 – case A) is:
Aeff = A

(5)

Figure 3: Comparison between the net and the effective area of
cross section with hole (where Factor  Anet / A and Ae / A )
Figure 4: Column with notch

For a notch the effective area of the element is 50 % of
the net area of the cross section. If there is a notch the
distribution of the stresses is irregular and the strength is
significantly lower. The equation (1) presented in the
Building Code of Japan is based on experiments.
The element with notch is not subject only to tension in
the area of the notch. The element is subject to bending
moment due to the eccentricity of the tension force, too.
Design of element subject to tension according to the
Building codes has significant differences in the way of
determining the effective cross section of the element
with hole or notch. This is because the section with
notch mostly is not symmetric, so the real loading
condition is combination of bending moment and axial
tension force.
The element can be design as one subject to tension if
the notch or the hole meets the requirements of the
Building Code of Japan.
5.1.2 Compression
• Eurocode 5
Recommendations by Eurocode 5 for the effective area
of cross section for elements subject to compression are
the same as the one for elements subject to tension.
• Building Code of Russia
The effective area of the cross section for elements
subject to compression depends on the position and area
of the notch (hole), if there are any. The cross section
with notch or hole has to be symmetric, with the same
axes as the sections without notch.
The effective area for element without holes or notches,
and if there are notches in the cross section that does not

The effective area in case of notches in the cross section
that does not reach the edge of the element, and if they
are more than 1/4 of the area of the section (Figure 4 –
case A) is:
Aeff = 4 / 3 Ant

(6)

The effective area in case of notches in the cross section
that are symmetric and reach the edge of the element
(Figure 4 – case B) is:
Aeff = Ant

(7)

• Building Code of Japan
Building Code of Japan comments that elements with
notches (symmetric and asymmetric) have to be
designed by taking into account the effect of the notch.
The presentations of experiments’ results of element
with symmetric and asymmetric notches subject to
compression demonstrate the difference in the load
bearing capacity. The comparison is between the real
experimental load bearing force and the force
determined with the whole area of the section, and the
force determined with the net section (Table 503.2 of
[7]) for an element with slenderness equal to 100. These
results show significant differences between the real and
the determined load bearing capacity. The real load
bearing capacity of the element with notch is higher than
the element with the net section and smaller than the
element with the whole cross section.
5.1.3 Bending
The beams are among the main components of the
structures. They are mainly subject to bending. The
bending occurs at one or at both principal axes.
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The main difference between the Building Codes is the
way of calculation of the effective cross section. The
effective section modulus is: Weff .
• Eurocode 5
Recommendations by Eurocode 5 for the effective area
of cross section for elements subject to bending are the
same as the one for elements subject to tension explained
in 5.1.1.
• Building Code of Russia
Recommendations by Building Code of Russia and
Bulgaria for the effective area of cross section for
elements subject to bending are the same as these for
elements subject to tension explained in 6.1.1.
• Building Code of Japan
According to Building Code of Japan the effective cross
section for elements subject to bending, depends on the
position and area of the notch (hole).
The effective section modulus in case of missing notch
in the cross section is:
Z eff = Z

(8)

The effective section modulus in case of notches that are
in the compression side (Figure 5 - case A) is:
Z eff = Z 0

(9)

The effective section modulus in case of notches that are
in the tension side and the depth is less than 1/ 3h
(Figure 5 - case B) is:
Z eff = 0, 45. Z 0

(10)

The effective section modulus in case of notches that are
in the tension side and the depth is less than 1 / 4 h
(Figure 5 - case B) is:
Z eff = 0, 60. Z 0

(11)

to be reduced to 60 % or to 45 % depending on the depth
of the notch.
The main difference between the recommendations from
the various Building Codes is in the effective
characteristics of the cross section of the element if there
is a notch. Building Code of Japan reduces the
characteristics of the net section. This is based on
experiments and as a result it takes into accounts the risk
of splitting along the fibres.
Element with such notches (via the tension side) has to
be avoided or if it is not possible the designer has to
ensure the element from splitting. This is the practice in
Europe, Bulgaria and Russia.
5.1.4 Shear
• Eurocode 5
Recommendations by Eurocode 5 for the effective area
of cross section for elements subject to shear are the
same as the one for elements subject to tension explained
in 6.1.1.
For the verification of shear resistance of members in
bending, the influence of cracks should also be taken
into account using an effective width of the members.
bef = b . kcr

(12)

For solid and glulam timber the factor kcr is 0,67.
• Building Code of Russia
The Building Code of Russia allows notch at the end of
the beam in vicinity to its support if:
 the notch is less than 1/ 4 h ;
 the stresses
A
= 0, 40 MPa
b.h

(13)

Beams that do not satisfy these conditions need
additional strengthening in order to avoid splitting.
• Building Code of Japan
The effective area of the cross section depends on the
position and the area of the notch.

A

The effective area of the cross section of element in case
of no notch in the cross section is:

Ae = A
B

(14)

The effective area of the cross section of element in case
of a notch in the compression side cross section as
Figure 6 – case A is:

Ae = A0
Figure 5: Beam with notch

The Building Code of Japan introduces additional factor
to reduce the characteristics of the cross section in case
of notch. If the notch is in the compression side of the
section and there is not any additional reduction, the
characteristics of the net section are used. If the notch is
in the tension side, then the stiffness of the element has

(15)

The effective area of the cross section of element in case
of a notch in the tension side and the depth is less than
1/ 3h Figure 6 – case B is:

Ae =

A 
0

A

2

(16)
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6.2 Limits of deflections due bending
The deflection of beams is a major issue in structural
design. Engineers adopt deflection limits which suit the
nature of the building. The deflection must be considered
for the purpose of the structure.
In the Building Codes there are limits for the deflection.
According to Eurocode 5 these limits are not obligatory,
but recommended. Eurocode 5 provides for an option
that they be agreed upon with the contractor.
In Table 5 are the limits according to the Building Codes
for mean beam on two supports. The designations are
according to Eurocode 5, as demonstrated in Figure 7.

A

B

Figure 6: Beam with an end notch

6 Deformation
According to the Building Codes it is a prerequisite for
all elements to ensure the comfortable stay or living of
the inhabitant of the structure. The design in
serviceability limit states is very often decisive for
timber structures.
There are several factors that have influence to the
deformations of the timber elements and structures as
whole. The wood is an anisotropic material; hence there
are different types of response for the different loading
modes. One of the most important factors that have
influence on the deformation is the combined effect of
loading and moisture changes.
Two types of deflections should be considered – the
instantaneous deflection and the final (long term)
deflections. The difference between them is the creep
deformation.
According to all building codes it is necessary to take
into account the slip in the connections that have
influence to the deflection.
6.1 Deformation due creep
The creep deformations are discussed in Eurocode 5 and
Building Code of Japan. The Building Code of Russia
does not consider the creep deformations separately.
• Eurocode 5
According to Eurocode 5 the creep deformations have to
be determined for quasi-permanent combination of the
load and the deformation factor – kdef . This factor gives
the relation between the creep and the instant
deformations.
The deformations that are result of the creep effects only
are:
wcreep = winst . kdef

(17)

The values of kdef depends of the material type and the
service class (moisture content and load duration).
• Building Code of Japan
The deformation due creep according to the Building
Code of Japan is determined by the deformation increase
coefficient.

Figure 7: Components of deflection
(fig. 7.1 from EN 1995-1-1, [5])
Table 5: Limits of deformation for main beam on two supports

Type of Building Code Eurocode 5 Building Code
of Russia
deflection
of Japan
EN 1995-1-1

w inst



w net ,fin



200
200

÷
÷

450
450

w fin






300
250

150

÷
÷
÷

500
350



200

÷

300

300

The deflection limits according to the Building Codes of
Japan and Russia depend upon the type of the elements
(floor, roof or cladding). According to the Eurocode 5
the deflection limits of do not depend on the type of the
elements.
The limits fixed by the Building Code of Russia are for
the final deflection, since the lawmaker does not
distinguish the deflection type. The Eurocode 5 codifies
various limits for the instantaneous and final deflection.
These are the main points of difference between the
restrictions for the deflections given in the compared
Building Codes.

7 CONCLUSIONS
The building codes have a number of major points of
difference in the design methods. The Eurocode 5
system and Building Code of Russia are based on State
limit design. The Building Code of Japan reflects a
number of different methods depending on the height
and the area of the building. Design working life of the
timber structure is fifty years according to all building
Codes.
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The service classes listed in Building Code of Japan
depend on the service conditions. The service classes
listed in the Building Code of Russia and Eurocode 5
depend on the moisture content and humidity of the
surrounding air at 20°C. The service classes according to
the Building Code of Russia are five. The Eurocode 5
and the Building Code of Japan distinguish three service
classes, but they examine different cases.
Determining of the effective cross section of the
elements with holes and notches is another point of
dissimilarity. The design of an element with a notch
subject to tension according to the Building Codes has
significant differences in the way of determining the
effective cross section of the element. As the section in
most cases is not symmetric, the real loading condition is
a combination of the bending moment and the axial
tension force. The Building Code of Japan takes into
account this complex condition through experiments and
as a result the effective cross section is smaller and the
element can be design only for the tension force. The
other building codes require taking into account the
eccentricity of the axial force.
The elements subject to bending with a notch on the
tension side could failure due to splitting along the
fibres. Element with such notches on the tension side has
to be avoided or if it is not possible the designer has to
ensure that the element from splitting according to the
building codes in Russia and Europe. Building Code of
Japan recommends reducing the characteristics of the net
section and thus nullifies the risk of its splitting along the
fibres.
One may inter the laws and building codes of European
Union, Russia and Japan reflect the building traditions,
accumulated historical experience, climatic and
geographic features of each party. Probably, due to
earthquakes and high moisture, the Japanese code differs
in its requirements to the Eurocode 5 which reflects by
far lower levels of moisture and minimal exposure to
earthquakes in the European Union. Perhaps, the same is
valid for Russia whose legislation had to take into
account the high levels of moisture, lack of earthquakes
and winter low temperatures. However, it would take
further research to arrive to these conclusions.
The results of this examination could be considered
preliminary for the improvement and synchronisation of
the global building regulations concerning the design of
timber elements.
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AUSTRALIAN BUILDING CODE CHANGE –
RESIDENTIAL AND OFFICE BUILDINGS

STOREY TIMBER

Paul En land1, Boris Is ra2
ABSTRACT: A change to the Australian National Construction Code 2016, Volume One, Building Code of Australia,
Class 2 to Class 9 Buildings (NCC) to permit 8 storey timber-frame and massive timber buildings as Deemed-to-Satisfy
(DTS) solutions has been approved. These DTS solutions require fire-protected timber building elements, automatic fire
sprinkler systems throughout, any installed insulation to be non-combustible and the installation of cavity barriers. The
risk-based fire safety assessments undertaken as part of the NCC approval process are described in this paper and
demonstrate how structural timber building elements (wall frame, floor/ceiling, shafts) protected by specified fireprotective grade plasterboard coverings can achieve a higher level of safety than traditional non-combustible materials.
KEYWORDS: Australian building code change, National Construction Code, NCC 2016, residential timber
apartments, timber office buildings, multi-storey timber buildings, fire safety, risk-based assessment, WCTE 2016

1 INTRODUCTION
Prior to the National Construction Code 2016 Volume 1,
Building Code of Australia – Class 2 to 9 Buildings
(NCC), timber construction in Australia was restricted to
three storeys (4 storeys over a concrete/masonry carpark)
under the Deemed-to-Satisfy (DTS) provisions for
residential apartment buildings. Above this height, timber
buildings required a Performance Solution pathway for
compliance purposes. This restricted the broader
use/specification of timber building systems and added
additional costs and uncertainty to designers and builders.
To address this, a Proposal-for-Change (PFC) was
prepared to create voluntary DTS provisions in the NCC
2016 to permit the use of timber construction systems in
Class 2 (apartments), Class 3 (e.g. residential parts of
hotels and motels, accommodation for the aged) and Class
5 (offices) buildings up to 25 metres in effective height
(typically 8 storeys) – hereon referred to as “mid-rise
construction”.
ote
ecti e height is the ertical
istance et een the loor o the lo est storey typically
the groun loor hich pro i es irect egress to a roa or
open space an the loor o the topmost storey
For the first time in Australia, the NCC provides DTS
solutions for both traditional ‘timber-frame’ (lightweight)
and ‘massive timber’ systems, such as Cross-laminated
Timber (CLT) to be used in buildings. These solutions
require the use of appropriate layers of fire-protective
grade plasterboard – termed ire-protecte tim er – and
the use of compliant fire sprinkler systems.
1.1 FIRE SAFE TIMBER CONSTRUCTION
Timber construction, as is the case with most other forms
of construction, has advantages and disadvantages with
1
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Boris Iskra, Forest & Wood Products Australia,
boris.iskra@fwpa.com.au
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respect to fire safety. By developing a fire safety design
which takes account of these advantages but mitigates the
disadvantages, mid-rise timber buildings can be designed
to achieve equivalent or better levels of fire safety than
traditional forms of construction (e.g. concrete, steel).
1.1.1 Com usti ility
The National Construction Code, formerly the Building
Code of Australia since its initial release in 1988 and
general adoption in the early 1990s, has placed significant
restrictions on the use of timber in mid- and high-rise
structures in Australia due to being a combustible building
material.
During the development of the PFC, comments were
received in relation to timber combustibility and
consideration was given to the possibility that if timber
members were exposed to fire, the timber members may
increase the effective fire load within an enclosure
potentially increasing the fire duration / severity of a fully
developed fire. The NCC does not specifically limit the
fire load that can be introduced into enclosures other than
requiring certain elements to be non-combustible.
Additional concerns were raised that timber elements /
structures may also continue to degrade after exposure to
fire conditions which was also investigated. Other
materials commonly used for structural elements /
structures also degrade after exposure to fire including
masonry and reinforced concrete structures.
1.1.2 Fir s r ad throu h oids and a iti s
The potential for fire and smoke spread though buildings
via cavities and voids exist with most types of framed
construction unless measures are taken to address the risk.
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Fire spread can be accelerated if combustible materials are
contained within the voids.
The main mitigation measures used to address this risk for
the prescribed mid-rise timber building solutions in the
NCC 2016 are: automatic fire sprinklers; fire-protective
coverings to prevent fires entering the void; specification
of non-combustible insulation; specification of cavity
barriers to prevent uncontrolled fire spread through
cavities if a fire enters or starts within a cavity; and no
unfilled voids or cavities permitted if the massive timber
concession is applied (Refer Section 1.1.3).

hence improving the occupant survivability within the fire
compartment of fire origin as well as other occupants
within the building.
The combination of automatic fire sprinklers with the
additional mitigation measures described in Sections 1.1.1
to 1.1.3, and other requirements within the NCC, were
shown to provide a significant improvement in life safety
for occupants of timber mid-rise buildings compared to
equivalent mid-rise buildings of non-combustible
construction meeting the Deemed-to-Satisfy requirements
of the NCC 2015.

1.1.3 Inh r nt ir r sistan o tim r m m rs
Most structural members require additional fire protection
to be applied to provide an adequate level of fire
resistance. For example, structural steel normally requires
the application of fire protective boards or coatings and
reinforced concrete relies on the concrete cover to protect
steel reinforcing bars.
Timber members having a large cross-section can achieve
fire resistance levels (FRLs) in excess of 60/-/- because
when timber is exposed to fire it forms a protective char
protecting the inner core of the timber as shown in Figure
1.

2 FIRE SAFETY
The National Construction Code (NCC) is an initiative of
the Council of Australian Governments that incorporates
all on-site construction requirements in the one code. The
NCC comprises three volumes: Building Code of
Australia Volume 1 (Class 2 to 9 buildings i.e. nondomestic structures) and Volume 2 (Class 1 and 10
buildings e.g. houses, shed, carports) and Volume 3
relating to plumbing and drainage for all building classes.
A “Guide to Volume 1” has also been produced to provide
guidance to the application of the NCC.
The NCC is drafted in a Performance format that allows a
choice of using the Deemed-to-Satisfy Provisions or
developing a Performance Building Solution that
complies with the performance requirements described in
the NCC.
2.1 NCC FIRE SAFETY PROVISIONS

Figure 1 im er-mem er e pose to ully e elope

ire

For smaller members this effect is less pronounced and for
engineered products such as lightweight floor trusses, Isection timber beams, the performance may be dominated
by connections or the performance of steel components.
This is recognised in the NCC DTS requirements for midrise timber buildings by allowing a relaxation in the
performance of the fire-protective coverings for massive
timber (without voids and cavities).
Also the NCC requires the FRL of a fire-protected timber
member to be derived from full scale tests rather than
solely relying on char calculations based on AS 1720.4 [1]
to enable the performance of the adhesives and
connections used for engineered products to be verified
by test.
1.1.4 Holisti ir sa ty a roa h
A robust fire safety strategy for a building can be achieved
by specifying a combination of measures that are not
overly reliant on any one component of the strategy to
achieve the objectives.
The DTS mid-rise timber building solutions in the NCC
2016 requires the provision of an automatic fire sprinkler
system greatly reducing the frequency of severe fires and

Prior to 2016, the NCC Guide to Volume One – Building
Code of Australia Class 2 to Class 9 buildings provides
guidance for the application of the NCC and includes a
summary of the main restrictions applied to building
elements in relation to the prescription of noncombustibility and of concrete or masonry (Table 1);
where Type A construction is the most fire-resistant.
Timber building elements are classified as Type C
construction and are restricted in use.
Mid-rise buildings are of Type A or B construction up to
an effective height of 25 metres. The use of timber
structural members under the NCC Deemed-to-Satisfy
pathway is restricted for mid-rise buildings unless the
option to use fire-protected timber in conjunction with
automatic fire sprinklers is adopted as introduced in the
2016 revision of the NCC for Class 2, 3 and 5 buildings.
To address the NCC requirements for buildings elements
to be non-combustible or of concrete or masonry
construction, an ‘equivalency’ assessment approach was
undertaken to compare the performance of a NCC 2015
DTS building to that of a fire-protected timber building.

WCTE 2016 e-book | 5074

Table 1: uil ing elements re uire to e non-com usti le,
concrete or masonry in uil ings o ype an
Construction
prior to
Buildin El m nt
External Walls
Common Walls
All loadbearing
internal walls
(including shafts)
Loadbearing fire
walls
Non-loadbearing fireresisting walls

Ty A
Constru tion
Noncombustible
Noncombustible
Concrete or
Masonry

Ty B
Constru tion
Noncombustible
Noncombustible
Concrete or
Masonry

Concrete or
Masonry
Noncombustible

Concrete or
Masonry
Noncombustible

ground floor has a greater floor to floor height and may
contain a different type of occupancy such as retail.

2.2 BUILDING ASSESSMENTS
The benchmark (control) Class 2 apartment building used
in the primary equivalence assessment exercise was a
steel-framed building, which is considered to most closely
resemble the timber mid-rise buildings. It had an effective
height of 23.1 metres (i.e. slightly below 25 metres) and
was designed in accordance with the NCC 2015 DTS
requirements.

Figure 1: ertical section through generic Class

uil ing

Class 3 buildings were subdivided into Type 1 and Type
2 occupancies with Type 1 occupancies typically
represented by hotels / motels and similar occupancies,
and Type 2 being representative of residential care
facilities such as accommodation for the aged.
Class 5 buildings were also assessed utilizing the initial
Class 2 report. A review of the fire engineering inputs
was undertaken and many of the analyses for Class 2
buildings were considered suitable to apply to Class 5
buildings.
2.3 FIRE ENGINEERING ANALYSIS
The fire engineering analysis was undertaken for both
timber-frame and massive timber with the following
conditions:
 buildings have an effective height of not more than
25 metres;
 buildings are protected by fire sprinklers complying
with Specification E1.5 of the BCA;
 all fire-protected timber elements achieve, as a
minimum, the fire-resistance levels (typically
90/90/90) nominated within the NCC and meet the
additional covering material criteria; and
 cavity barriers are provided to minimise the risk of fire
spread through concealed spaces and cavities.
2.3.1 G n ral uildin layout and ir r sistan
l l FRL
The benchmark (control) was an apartment building with
an effective height of 23.1m (i.e. slightly below 25m)
designed in accordance with the NCC Deemed-to-Satisfy
requirements. Figure 2 is a typical section through the
building showing the fire isolated stair and Figure 3 shows
a schematic plan of a typical residential floor. Typical of
modern residential properties, it was assumed that the

Figure 3: chematic plan o a resi ential le el o a generic
Class
uil ing
Table 2: uil ing element ire resistance le els
Element
Fire stair shaft
Service shaft
Walls Bounding
Sole Occupancy
Units (SOUs)
Lift Shaft walls
Door to fire Stair
Fire Door to
service shaft
Door to SOU
Lift door
Doors to services
risers
Non-Loadbearing
walls within an
apartment
Floors

Loadbearing
90/90/90
90/90/90
90/90/90

NonLoadbearing
-/90/90
-/90/90
-/60/60

90/90/90
Not applicable
Not applicable

-/90/90
-/60/30
-/60/30

Not applicable
Not applicable
Not applicable

-/60/30
-/60/-/60/30

Not applicable

-/-/-

90/90/90

Not applicable
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The detailed analysis considered:
 Barrier (wall, floor/ceiling) performance;
 Effectiveness of automatic fire sprinklers;
 Occupant behaviour;
 Frequency of potential flashover fires;
 Enclosure heating regime;
 Fire brigade intervention.
2.3.2 M thodolo y
In order to evaluate the proposed changes (detailed in
Section 1.1) to the 2016 edition of the NCC to include
DTS fire-protected timber solutions for mid-rise
buildings, it was necessary to determine the change in risk
(probability and consequences) of fire spread as a result
of an increase in the mass of combustible materials
present and response of timber structures to fire compared
to the forms of non-combustible construction permitted in
the 2015 edition of the NCC.
A preliminary analysis was undertaken following
stakeholder (regulators, fire services, engineers) comment
using generic building layouts including fire-protection
systems; occupancy types; fire scenarios; and methods of
analysis were defined and key inputs were agreed as
appropriate.
Additional analysis assessing the impact of fires on
occupants and property within the sole occupancy unit
(SOU) (e.g. apartment) of fire origin was not required
because the preliminary analysis, based on fire incident
data provided a clear indication of a significant
improvement in safety for the timber building options
because of the addition of automatic fire sprinkler
systems.
The most critical scenario was identified as potential
flashover fires occurring within a SOU since the majority
of fires occur within SOUs and the fire load within
apartments is relatively high compared to most other
locations and therefore would be expected to provide the
greatest challenge to fire protected timber systems.
A Monte Carlo (multi-scenario) simulation approach was
adopted to compare the outcomes relating to the
frequency and consequences of potential fully developed
fires starting in an SOU (e.g. apartment) on the remainder
of the building and structure. The proportion of potential
fully developed fires was estimated based on fire spread
data from fire incidents and included all fire scenarios
where fire spread beyond the enclosure of fire origin was
recorded.)
Other scenarios were identified that required further
analysis. Table 3 summarises the scenarios considered.
Table 3: ire scenarios

Scenario
1 Impact of fires on occupants within the SOU of
fire origin
2 Impact of fires on occupants outside the SOU of
fire origin – non-flashover fires
3 Impact of fires on occupants outside the SOU of
fire origin – post-flashover fires
4 Fires in paths of travel to escape routes
5 Fires in a fire isolated stairs

6
7
8
9

Fires in Lift Shafts
Fires in concealed spaces
External fire spread – building facade
Fire spread between buildings

The results of the detailed analysis demonstrated that the
normalised expected risk to life for the Class 2, 3 and 5
timber-frame and massive buildings were substantially
less than for the control (steel) building.
2.3.3 Passi
ir rot tion syst ms
A steel frame building was selected for the control
building since it is considered to most closely resemble
the timber mid-rise buildings being considered in this
report. Key elements of construction are summarised in
Table 4 for the control building and subject buildings.
Two subject buildings were compared to the control; (1)
a lightweight timber-framed buildings and a (2) massive
timber panel building that utilised the massive timber
concession that reduces the incipient spread of fire criteria
applicable to fire-protected timber.
Generally the passive systems used for the control and
timber buildings are similar for both Class 2 and 3
buildings.
Table 4: lements o construction
Syst m

FRLs
Concrete and
Masonry
Construction
NonCombustible
Construction

External Wall
Construction,
Separation
distances and
openings
Cavity
Barriers

D m d to Satis y
ro isions or
Control Class 2
St l Fram d
Buildin
Refer Table 2
Load bearing
internal walls
(including shafts
and fire walls).
 External Walls
 Common Walls
 Flooring and
Floor framing to
lift pits
 Non-loadbearing
walls required to
be fire-resisting
 Non-loadbearing
shafts that do not
discharge hot
products of
combustion
 Miscellaneous
applications
Full compliance
with deemed-tosatisfy provisions

No requirements

Additional
Alt rnati
M asur s or
Tim r
Constru tion
No difference
Fire-protected
timber in lieu of
concrete or
masonry
Fire-protected
timber in lieu of
non-combustible
construction

No difference
other than fireprotected timber in
lieu of noncombustible
construction
Required where
cavities within fire
resistant structures
occur
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Table 5: assi e ystems or comparati e analysis – Control
uil ing
El m nt
Floor / Ceiling assemblies
FRL 90/90/90

Control Buildin
Concrete slab supported on
steel beams. Steel beams
protected
by
sprayedvermiculite
to
provide
required FRL
False non-fire rated standard plasterboard (pbd) ceiling to
allow service runs above for all buildings
Columns / Loadbearing
Steel columns protected by
walls
sprayed vermiculite and clad
90/90/90
with non- fire grade
plasterboard
Non-Loadbearing walls
Lightweight steel frame
protected by 16mm fire
grade plasterboard
(-/60/60 FRL)
Lift and Stair Shafts
Structural steel framework
with sprayed on fire
protection in combination
with
nonloadbearing
plasterboard shaft wall
(-/90/90)
Service shafts
Solid fire grade plaster
-/90/90
board (multi-layer system)
External wall less than 1.5m
Structural steel protected by
from fire source feature
vermiculite.
Lightweight
steel studs protected by 2 x
FRLs 90/90/90 and -/90/90
13mm
fire
grade
plasterboard
External wall 1.5m to less
Structural steel protected by
than 3m from fire source
vermiculite lightweight steel
feature
studs protected by 2 x 13mm
FRLs 90/60/60 and -/60/90
fire grade plasterboard
External wall 3m or more
Structural steel protected by
from fire source feature
vermiculite lightweight steel
FRLs 90/60/30 and -/-/studs protected by 2 x 13mm
fire grade plasterboard
Fire doors -/60/30 modern prototypes with intumescent
strips
Table 6: assi e ystems or comparati e analysis –
ight eight tim er- rame an massi e tim er uil ings
El m nt
Floor /
Ceiling
assemblies
FRL 90/90/90

Tim r ram
Massi tim r
- Fire-protected
- Fire-protected
timber floor
Cross
comprising either
Laminated
solid joists or
Timber (CLT)
engineered timber
horizontal
beams spanning
panels
between timber
spanning
framed walls.
between CLT
- Fire-grade pbd
walls
facings, 2x16mm
- Fire-grade pbd
facings, 1 x
and timber /mineral
16mm used to
fibre cavity barriers
protect timber
(-/45/45) used to
protect timber
False non-fire rated standard plasterboard (pbd) ceiling to
allow service runs above for all buildings
Columns /
- Fire-protected
- Fire-protected
Loadbearing
timber frame
Crosswalls
loadbearing walls.
Laminated
90/90/90
- Fire Grade
Timber
Plasterboard
vertical panels

NonLoadbearing
walls

facings, 2x13mm
and timber /mineral
fibre cavity barriers
(-/45/45) used to
protect timber
- Lightweight timber
frame protected by
2 x 13mm fire
grade pbd and
timber / mineral
fibre cavity barriers
tra p re uire
to meet incipient
sprea o ire
rating e ecti ely
increasing R to -

Lift and Stair
Shafts

- Fire-protected
timber frame
loadbearing walls.
- Fire Grade
Plasterboard
facings, 2x13mm
and timber /mineral
fibre cavity barriers
(-/45/45) used to
protect timber

Service shafts
-/90/90

Solid fire-grade pbd
(multi-layer system)
or Fire Grade
Plasterboard facings,
2x13mm and timber
/mineral fibre cavity
barriers (-/45/45)
used to protect timber
if integrated into
apartment wall
Lightweight timber
frame protected by 2
x 13mm fire grade
plasterboard and
timber / mineral fibre
cavity barriers

External wall
less than 1.5m
from fire
source feature
FRLs
90/90/90 and
-/90/90

- Fire Grade
Plasterboard
facings 1 x
16mm
- Fire-protected
Cross
Laminate
Timber
vertical panels
- Fire Grade
Plasterboard
facings 1 x
16mm

- Fire-protected
Cross
Laminate
Timber
vertical panels
- Fire Grade
Plasterboard
facings 1 x
16mm on
outer face of
shaft and 1 x
13mm on
interfaces
Solid fi-re grade
pbd (multi-layer
system) or cross
laminated
timber protected
by a minimum
of 16mm fire
grade
plasterboard

- Fire-protected
Cross
Laminated
Timber
vertical panels
- Fire Grade
Plasterboard
facings 2 x
13mm
External wall
Lightweight timber
- Fire-protected
1.5m to less
frame protected by 2
Cross
than 3m from
x 13mm fire grade
Laminated
fire source
plasterboard and
Timber
feature
timber / mineral fibre
vertical panels
FRLs
- Fire Grade
cavity barriers
90/60/60 and
Plasterboard
-/60/90
facings 1 x
16mm
External wall
Lightweight timber
- Fire-protected
3m or more
frame protected by 2
Cross
from fire
x 13mm fire grade
Laminated
source feature
plasterboard and
Timber
FRLs
timber / mineral fibre
vertical panels
90/60/30 and
cavity barriers
- Fire Grade
-/-/Plasterboard
facings 1 x
16mm
Fire doors -/60/30 modern prototypes with intumescent
strips
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2.3.4 A ti
ir rot tion syst ms
Active fire protection systems for each buildings (control.
Lightweight timber-frame, massive timber) were not
modified and were in accordance with the NCC 2015
provisions for: fire hydrants (Clause E1.3), fire hose reels
(Clause E1.4), sprinklers (Clause E1.5), portable fire
extinguishers (Clause E1.6), fire control centre (Clause
E1.8), smoke hazard management and system monitoring
(Clause E2.2).
2.3. O u ant hara t risti s
The occupant characteristics were identical for the timber
(subject) buildings and control (Deemed-to-Satisfy
provisions).
However, the occupant characteristics were varied
between Class 2 and the various sub-categories within
Class 3 buildings. The definitions for Class 2 and 3
buildings from the NCC are summarised below:
 Class 2: a building containing 2 or more soleoccupancy units each being a separate dwelling.
 Class 3: a residential building, other than a building
of Class 1 or 2, which is a common place of long
term or transient living for a number of unrelated
persons, including—
(a) a boarding house, guest house, hostel, lodging
house or backpackers accommodation; or
(b) a residential part of a hotel or motel; or
(c) a residential part of a school; or
(d) accommodation for the aged, children or people
with disabilities; or
(e) a residential part of a health-care uil ing which
accommodates members of staff; or
(f) a residential part of a etention centre.
The occupant characteristics of Class 2 buildings can be
considered to be broadly representative of the Australian
community and this profile was also applied to Class 3(a),
(b), (e) occupancies which were defined for the analysis
as Type 1 occupants.
Class 3(d) occupancies accommodate larger proportions
of people that will require assistance to evacuate and
hence present a greater fire risk and were defined as Type
2 occupants. In these instances some level of staff
assistance will be required to facilitate evacuation which
may vary from simply providing direction to providing
physical assistance to occupant(s) who may or may not be
aware of the emergency.
These two occupancy Types were considered to
encompass the other Class 3 occupants.
2.3.

Com arati
r orman : Non om usti l
onstru tion and ir rot t d tim r
The timber structural members forming the bounding
walls of a fire compartment will be protected with noncombustible materials capable of preventing the interface
with the timber exceeding 300°C (onset of charring) for
massive timber panels and 250°C for lightweight timberframe construction for a considerable period facilitating
fire brigade intervention before ignition of the timber
substrate. This limit will be exceeded substantially after
untenable conditions occur within the SOU of fire origin
and therefore the outcomes would be expected to be

similar for the existing (non-combustible) Deemed-toSatisfy provisions and the use of fire-protected timber for
the bounding walls if the substantial impact of the
additional automatic fire sprinkler system is ignored.
This was demonstrated in comparative full scale fire tests
with room enclosures lined with fire-grade plasterboard.
One enclosure was of lightweight steel construction (the
non-combustible – control test) and the other was of
lightweight timber-framed construction (timber framed
test). Timber cribs were used as the fire load and an
insulated column included in the enclosure to compare the
fire severity. The test results clearly demonstrated that
there was no increase in fire severity based on a range of
parameters including enclosure temperature, heating rate
of an insulated steel column, non-fire side temperatures of
the enclosure partitions or cavity temperatures [4].
2.3. Automati ir s rin l r syst ms
When a fire sprinkler operates successfully the fire will be
suppressed or controlled prior to flashover greatly
enhancing the safety of occupants within the apartment of
fire origin.
Due to the relatively small population size and small
proportion of residential buildings with automatic fire
sprinkler systems present in Australia, insufficient
statistical data from Australia was available to reliably
establish the impact of the addition of automatic fire
sprinklers to residential buildings. It was therefore
reasonable to use data from the US where the larger
population and greater proportion of residential buildings
with automatic fire sprinkler protection provides a much
larger sample.
A detailed study of the “U.S. Experience with Sprinklers”
based predominately on U.S. fire statistics for the period
2006-2010 was undertaken and summarized [3,5].
2.4 MULTI SCENARIO UANTITATIVE RISK
ASSESSMENT FRAMEWORK
The EFT Multi-scenario Quantitative Risk Assessment
Framework was developed for the analysis of fully
developed fires in multi-storey structures. Details of the
framework have been previously described [6].
A key feature of the framework is the ability to undertake
multi-scenario analyses taking into account time
dependency of factors such as:
 Response of elements of construction to fire
incorporating the variability of FRLs and effects of
installation faults
 Smoke spread
 Detection and alarm system activation
 Fire brigade intervention, and
 Occupant response
This removes a major limitation with earlier multiscenario analysis models and simple event tree analyses
that were unable to consider time dependencies when
analysing the impact of changes that effect parameters
such as fire brigade intervention, fire resistant levels of
elements of construction and occupant response,
particularly beyond the floor of fire origin.
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The framework comprises three core models and three
input models as shown in Figure 4. The risk of structural
collapse and/or the number of occupants exposed to
untenable conditions are the primary outputs enabling
individual and societal risks to be estimated for occupants
within the building together with the risk of structural
collapse. A major structural collapse could impact on
people and property outside the building of fire origin and
in many instances could be an important parameter for
comparison of fire safety strategies.
The core models comprise:
 Enclosure Fire / Structural
 Fire Brigade Intervention
 Occupant Response, Evacuation and Consolidation
The input models comprise:
 Sprinkler Intervention
 Base Smoke Spread
 Detection and Alarm
These core models and input models use various submodels which can be selected to suit the particular
applications providing the flexibility to allow different
sub-models to be incorporated into the framework if they
are more suited to a particular application.
The sub-models used in conjunction with the framework
to evaluate the mid-rise timber building provisions
included in the NCC 2016 are described [3].

Figure 4:
rame ork

as inputs to the Occupant Response Evacuation and
Consolidation Model
The major structural failure time can also be used in
isolation for comparison of strategies in some
applications.

ulti- cenario uantitati e Risk ssessment

2.4.1 En losur ir stru tural mod llin
The enclosure / structural multi-scenario model
implemented for the mid-rise building comparative
analysis is shown in Figure 5 and included the following
sub-models:
 Fully developed enclosure fire sub-model
 FRL (distribution) sub-model
 Simple Structural sub-model
The fire brigade suppression time is obtained from the
Fire Brigade Intervention Model which is described in
Section 2.4.2.
Outputs from the model include localised failure times
and major (global) structural failure times which are used

Figure 5: nclosure structural mo el

2.4.2 Fir ri ad int r ntion mod llin
Fire Brigade Intervention is an important part of the
analysis since it can influence
 fire duration / fire severity (fire-fighting activity)
 building evacuation time (search and rescue
activities)
Distributions of the time to commencement of firefighting activities were derived as part of the Monte-Carlo
simulations and input into the Enclosure / Structural
Model to determine for each simulation
 if fire brigade intervention occurs prior to a major
structural failure if burnout has not already occurred
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 if fire brigade intervention occurs prior to failure of
the compartmentation if burnout has not already
occurred
 if the fire protected timber members have ignited
beneath the fire protective coverings if burnout has
not already occurred
In order to model search and rescue activities it was
necessary to integrate some aspects of the fire brigade
intervention model with the Occupant Response,
Evacuation and Consolidation Model.
2.4.3 O u ant r s ons , a uation and
onsolidation mod llin
A simple probabilistic model was applied that
incorporates distributions for pre-movement times and
can be incorporated into a multi-scenario analysis to
address the variability of human responses to fire.
The response times (times to begin evacuation) were
assumed to follow the simple distributions shown in
Figure 6 which were modelled as discrete distributions
with 1 minute intervals. The parameters A-D will vary
depending on the proximity to the fire, provision of
general building alarm system, type of alarm system etc.
The values assumed for the comparative study of mid-rise
buildings are summarized [3] and are based on a poor / no
alarm scenario since they are applied to occupants outside
the SOU of fire origin. A separate analysis based on fire
data was undertaken for the apartment of fire origin.
The evacuation was assumed to commence at the start of
the parametric fully developed fire scenario at which stage
strong unambiguous cues outside the apartment of fire
origin would be received reinforcing any building alarm
system that had been activated.

Figure 6: ccupant response mo el
Table 7: nput arameters or ccupant Response
Location

A prob

B min

Cprob

D min

Apartm’t
of Fire
Origin
Remaind
er Floor
of Fire
Origin
Two
adjacent
floors to
floor of
fire origin
Other
Floors

-

-

-

o el
Notes

-

No
respo
nse
-

25

0.01

Very
strong
secondary
cues
Very
strong
secondary
cues

0.133

5

0.008

0.072

10

0.01

20

0.008

0.036

20

0.01

20

0.044

Not
applicable

Strong
secondary
cues

Figure 7: Class
chart

an Class

ype

e acuation mo el lo

The logic behind the Consolidation model is shown in the
form of a flow chart in igure7.
For each fully developed fire scenario (chosen at random)
the time to untenable conditions and loss of visibility is
input from the base smoke spread model.
Detection / alarm times are then used as input to develop
distributions for the response of occupants and Fire
Brigade Intervention as described above.
Occupants of each SOU are assumed to evacuate as a
group and if they encounter heavy smoke (loss of
visibility) they are assumed to return to their SOU and
await fire brigade assistance to evacuate. This is a
simplification since records from fire incidents indicate
that under some circumstances occupants will try and
evacuate through smoke with varying degrees of success.
Since the purpose of the analyses was to compare the
safety outcomes with those associated with designs
meeting the DTS provisions a simple approach was
considered reasonable.
If untenable conditions occur in an occupied SOU the
occupants are deemed to be exposed to untenable
conditions. Also any occupants in the building at the time
of global collapse predicted by the enclosure fire/
structural model are assumed to be exposed to untenable
conditions. Failure of two elements was deemed to initiate
substantial failure (global collapse) and all remaining
occupants are assumed to be exposed to untenable
conditions.
The analysis is repeated for each scenario in the multiscenario analysis and the number of occupancy groups
exposed to untenable conditions in each scenario
recorded.
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2.

RESULTS FROM MONTE CARLO
ANALYSIS

The following sections provide a brief summary of the
building occupant analysis undertaken for Class 2 and 3
buildings. Other detailed analyses were also undertaken
and are described [3].
2. .1 Class 2 Buildin O u ant Sa ty R sults
Monte Carlo analysis was undertaken for apartment fires
occurring on levels 2, 5 and 7 the results from which were
consolidated on the following basis.
 Level 2 fire is representative of fires on Levels 1-3
 Level 5 fire is representative of fires on levels 4-6
 Level 7 is included as the floor with the longest time
for fire brigade intervention but represents a special
case since no occupants occupy the level above.
Monte Carlo analyses were undertaken for a control steel
framed building, a timber frame building and a massive
timber building. The timber buildings were modelled with
and without increased fire loads with the results being
combined based on the estimated proportion of fires that
could ignite the timber substrate and may impact on the
fire severity. The impact of defects was incorporated in
the fire resistance sub-model.
Finally the results of the timber buildings were adjusted
to take into account the presence of automatic fire
sprinklers. The fire sprinklers were assumed to have a
reliability of 92% and if they operate successfully tenable
conditions would be maintained in all adjoining fire
compartments and no fire spread occurs.
The results are expressed in terms of the number of
occupant groups exposed to potentially untenable
conditions where an occupant group represents the
occupants of an apartment (assumed equivalent to 2.5
people per apartment).
Due to the large number of variables and low frequency
of key events 100,000 scenarios were run for each
configuration.
The above results were consolidated by combining the
individual Level results using the following relationship.
Building Consolidated results = ((Level 2 x 3) + (Level 5
x 3) + Level 7).
The frequency of potential flashover fires was estimated
to be 1.8 x 10-4 fires / annum / apartment and therefore the
frequency for the subject building (42 apartments) was
assumed to be approximately 7.56 x 10-3 fires /annum [3].
The results were further consolidated by grouping
scenarios where 1 to 3 occupant groups were exposed to
untenable conditions and 4 or more which approximates
to up to 10 occupants and 10-100 occupants enabling the
results to be expressed in a format that can be compared
to F-N curves. It should be noted that the occupants of the
apartment of fire origin are excluded from this analysis.

Table 8: - consoli ate results or Class
No of
occupants
exposed to
potential
untenable
conditions
1-10
10-100

Control

164.7
3.62

uil ings

Frequency / annum x 10-6
Timber
Massive
Frame
Timber

13.2
0.41

12.1
0.01

The frequencies of exposure in Table 8 are much higher
than may be expected from consideration of historic fire
losses if they are assumed to represent fire fatalities. This
variance can be largely explained by a number of
conservative assumptions that have been made in the
analysis, namely:
 The assumption that occupants are largely passive if
smoke spread occurs to their apartment through for
example an open door. In most instances they would
be likely to take actions to mitigate the risk such as
closing doors, seeking refuge on a balcony or in a
room within the apartment.
 The Global structural model is simplistic since it is
for a generic application and an assumption has been
made that the entire building is lost upon failure of
two members which may not be the case
 The proportion of open doors was based on the very
limited data in literature and for apartment buildings
the probability of SOU doors being closed could be
much higher than the 90% assumed for the apartment
of fire origin and 95% assumed for other apartments
However since the study was comparative and all
buildings were treated in a similar manner it was
considered unnecessary to refine the analysis further.
The results for 1 to 10 occupants were dominated by
smoke spread through open doors with the differences
between the timber buildings and control buildings being
largely attributable to the provision of fire sprinklers.
The higher consequence loss scenarios (10-100
occupants) were strongly linked to global collapse which
was more likely to occur with the steel frame and timber
frame construction because of the lower inherent fire
resistance compared to massive timber. Reliance on the
inherent fire resistance is only needed when there is a
gross defect with the primary fire protection system(s) and
the sprinkler system fails, if provided.
If defects are ignored the Deemed-to-Satisfy fire
resistance levels within the NCC were found to prevent
global collapse if fire brigade intervention is taken into
account for the three buildings. This is significant and
highlights the importance of design of buildings with
reasonable levels of structural redundancy, and
appropriate quality controls with respect to passive fire
protection system performance verification and
installation / maintenance which apply to all forms of
construction. The analysis clearly demonstrated the
ability of an additional primary fire protection system
such as fire sprinklers to substantially mitigate these risks.
It is sometimes convenient to express outcomes in terms
of a comparative risk to life based on the total estimates
of occupants exposed to untenable conditions.
Normalised results are presented in Table 9.
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Table 9: ormalise e pecte risk to li e results
Control
Normalised Expected Risk
to Life

Timber
Frame
0.091

1

3 CONCLUSIONS
Massive
Timber
0.061

Irrespective of the method of comparison the results
indicate that the mid-rise timber buildings provide a
substantial improvement in safety of the occupants from
potential flashover apartment fires compared to the noncombustible control building without automatic sprinkler
fire protection.
2. .2 Class 3 uildin o u ant sa ty r sults
Based on the analysis of Class 2 buildings it was
determined that the analysis of fires occurring on Level 5
was sufficient to compare the relative performance of the
three building types considered. The results expressed in
a format that can be compared to F-N curves are shown in
Table 10.
For Class 3 buildings an occupant group will vary
between 1 and 6.5 people.
The Occupants of Type 1 buildings have similar
capabilities for self-evacuation to Class 2 building
occupants whereas a larger proportion of Type 2 building
occupants will require assistance to evacuate.
Table 10: Results e presse in an No of
occupants
exposed to
potential
untenable
conditions
Class 3 Type
1: 1-3
Class 3 Type
1: More than 3
Class 3 Type
2: 1-3
Class 3 Type
2: More than 3

Control

ormat

Frequency / annum x 10-6
Timber
Massive
Frame
Timber

21.66

1.74

1.71

0.108

0.015

0.0008

27.13

2.16

1.94

0.173

0.016

0.0017

Table 11 shows the results normalised to a building
complying with the NCC 2015 DTS provisions.
Table 11:

ormalise

pecte Risk to i e Results
Control

Normalised
Expected Risk to
Life Class 3 Type 1
Normalised
Expected Risk to
Life Class 3 Type 2

1

Timber
Frame
0.084

Massive
Timber
0.076

1

0.082

0.064

The results show a large improvement in life safety which
is to be expected since a range of mitigation measures
have been taken to minimise risks associated with timber
structural elements and automatic fire sprinklers have
been additionally provided.

This paper provides a brief background to the fire safety
analysis [3] undertaken that demonstrated fire-protected
timber building elements can meet the performance
requirements of the NCC when used in conjunction with
an automatic fire sprinkler system. This has led to the
inclusion of DTS provisions in the NCC 2016 to permit
timber buildings up to 25 metres in effective height
(typically 8 storeys) for both timber-framed and massive
timber buildings.
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STUDY ON THE RELATIONSHIP BETWEEN DAMAGE AND RESIDUAL
STRENGTH OF WOODEN HOUSE BUILT ACCORDING TO JAPANESE
OLD STANDARD
Seiji Takanashi, Katsutoshi Ohdo2, Hiroki Takahashi3, Yoshio Sakamaki4,
Nobuyoshi Michiba5, Keisuke Kagawa6 and Yoshimitsu Ohashi7
ABSTRACT: The purpose of this study is to clarify the relationship between the damage to exterior walls and the
residual strength of a wooden house after severe earthquakes. In the experiments, we tested two types of exterior walls
of a wooden house: one made of siding and the other of mortar. We conducted shaking table tests and static loading
tests on each specimen. More than 5% of the total number of nails came out by more than 1 mm from the siding exterior
wall at the house’s maximum strength. In the mortar exterior wall, the width of the crack around the window expanded
with loading. We judged that the strength of the house decreased when the width of the crack exceeded 1 mm. In order
to safely perform repair construction, this research is necessary to clarify the risk of building collapse from aftershocks.

KEYWORDS: Nail, Width of crack, Damage evaluation, Danger of collapsing, Industrial safety

1 INTRODUCTION 123
In Japan, severe earthquakes often occur, and buildings
suffer heavy losses. Construction works to rescue
victims, prevent secondary disasters and repair buildings
must be accomplished rapidly after the event. As such,
construction work is sometimes initiated without
sufficient safety investigations, and construction workers
occasionally encounter dangerous situations.
In the 2011 off the Pacific coast of Tohoku Earthquake,
many aftershocks that exceeded the seismic intensity
scale 5 (severe earthquake) were observed. Damaged
buildings were at the risk of collapse because of the
many severe aftershocks, even if they had not collapsed
from the first earthquake. Thus, these buildings are not
safe to repair. Therefore, many methods for reinforcing
the damaged buildings against aftershocks have been
proposed.1) However, it is not sufficient to address when
and how to apply reinforcement. Therefore, it is
important to assess the residual strength of the damaged
buildings. We consider that damaged buildings collapse
1

Seiji Takanashi, JNIOSH, takanasi@s.jniosh.go.jp
Katsutoshi Ohdo, JNIOSH, ohdo@s.jniosh.go.jp
3
Hiroki Takahashi, JNIOSH, takahah@s.jniosh.go.jp
4
Yoshio Sakamaki,Houseplus Corporation,
sakamaki@houseplus.co.jp
5
Nobuyoshi Michiba,Houseplus Corporation,
n.michiba@houseplus.co.jp
6
Keisuke Kagawa,Houseplus Corporation,
k.kagawa@houseplus.co.jp
7
Yoshimitsu Ohashi, Tokyo City University,
ohashi-y@tcu.ac.jp
2

from severe aftershock if they have already reached their
maximum strength; therefore, the buildings’ strength and
stiffness have decreased. The objective, then, is to
determine whether a building has reached its maximum
strength by examining the damage to the exterior walls.
As a result, the risk of building collapse from aftershocks
can be judged. The purpose of this study is to establish a
work limitation index for worker safety.

2 OUTLINE OF SPECIMENS
For experimental testing, we prepared a wooden house
with a window and two types of exterior walls: one made
of siding and the other of mortar. In addition, the houses
were supported with or without braces. These specimens
were prepared according to historical building standards
that were established before 1981, when the seismic
design code was revised. Currently, there are still many
wooden houses built according to the old standard,
which would have poor seismic performance.2),3)
The test specimens were assumed to be part of a twostory wooden house. We made cube and flat models as
specimens. Figure 1 shows the frame of the cube model
used in the static loading test.4) The braces on the north
and south sides controls deformation to the east and west.
The east and west sides were connected by a 28-mm
thick plywood along the top.
Figure 2 shows the frame of the flat model used in the
static loading and shaking table tests. To prevent rightangled specimen vibration, we set up a dummy frame in
front of and behind the flat model.
We tied a slant restraint board to those dummy frames,
as shown in Figures 3 and 4. The specimen and the
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dummy frame were connected plywood 28-mm thick
along the top. The cube and flat models were fixed to an
iron frame either to the floor or the shaking table at
points A in Figures 1 and 2. In the static loading
experiment, point B of the specimen was loaded by

Positive loading

hydraulic jack, as shown in Figures 1 and 4. For each
specimen, matching specimens without braces were also
constructed.
The column was made of laminated spruce timber of
JAS standard, with a strength grade of E95F315, and a
1,500

Negative loading
Girder

B

Girder

B
Beam

South

North

East

West

2,000

2,557

2,797

Steel beam
for loading

200

200
A

300

200
A

Base
1,820

A

910

200

200
A
910

3,640
(A) Elevation in the loading fｒame. (East view)

A

300

200
A

910

910
910
2,730
(B) Elevation out of the loading fｒame. (North view)

Figure 1: Frame of the cube model
board

Weight
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200

200
A Base

200

200

A A

910

2,902.5

2,730

Hinge

Hinge（Loose hole）

A

910
2,730

910
2,750

Figure 3: Dummy frame

Figure 2: Frame of the flat model
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board

specimen
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frame
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B

board
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board
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Figure 4: Relation between flat model and dummy frame
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section size of 105 mm × 105 mm. The girder and base
were also laminated spruce timber of JAS standard, with
a strength grade of E120F330 and a section size of 105
mm × 240 mm. The brace was Japanese cedar, with a
section size of 30 mm × 90 mm. Measurement of the
moisture content was omitted.
Figure 5 shows the joint of the brace and the stud
column. The stud column supports the member to
support the exterior and interior walls. The brace was
fixed to the stud column with two N75 nails. As shown
in Figure 6, we used three N75 nails to fix the end of the
brace to the lacked part of the column and the horizontal
member. Figure 7 shows the joint fixing the column and
the horizontal member. Using N90 nails and (CP・T)
hardware, we fixed the column to the tenon of horizontal
member.
The exterior wall of the specimen, depending on its
material, was called either a siding specimen or a mortar
specimen. In the siding specimen, the siding was ceramic,
the size was 455 mm × 1820 mm, the thickness was 12
mm and it was fixed by stainless ring nails 2 mm in
diameter and 38 mm in length. The finish of the interior
wall was of vinyl cloth, and the groundwork was 9.5mm-thick plasterboard.
stud column

In the mortar specimen, the groundwork of 20-mm-thick
mortar consisted of wooden lath and metal laths. The
finish of the interior wall was 8-mm-thick stucco, and
the groundwork was 9.5-mm-thick plasterboard.
Table 1 lists the test labels of the cube model, which we
defined as follows: The first character C is the initial for
'cube model'. The second character indicates the type of
exterior wall—S for siding specimen, and M for mortar
specimen. The last character refers to the presence or
absence of a brace. If braces were used, the label is 'WB'
for 'with brace', and otherwise was 'WoB' for 'without
brace'.
Table 2 lists the test labels for the flat model. The test
labels are defined as follows: The first character F is the
initial for 'flat model'. The second character indicates the
type of the exterior wall—S for siding specimen, and M
for mortar specimen. The third character refers to the
loading method—SL for static loading and ST for
shaking table. The last character, again, refers to the
presence or absence of a brace—WB for 'with brace', and
WoB for 'without brace'.
Next, each specimen was loaded with weight. The
assumed weights for calculating the load on the
specimens are as follows: roof (heavier) 1274 N/m2,

vinyl cloth
plasterboard t=9.5
nail GNF35@227.5

horizontal furring strips 18×40@300
Japanese cedar nail N45

brace

stud column 27×105
Japanese cedar
vertical furring strips 45×12
Japanese cedar

N75×2

Figure 8: Section of siding exterior wall.
Figure 5: Brace joint and stud column
Japanese cedar 30×40
Nail：N90@300

N 7 5×3

Groundwork of lath 12×90
Japanese cedar20mm N50×2

20
20

Mortar t=20
metal lath.：JIS A5556 L1019J

Figure 9: Section of mortar exterior wall.

brace

column
Figure 6: Method used to fix end of the brace

Table 1: Cube models
Siding
Mortar

column
N90 ×2

stucco
t=8

Girder

plasterboard t=9.5
nail GNF35@227.5
horizontal furring strips18×40@300
N45 Japanese cedar
stud column 27×60
Japanese cedar

Hardware

Figure 7: Joint part of the column and the horizontal
member.

C-S-WB
C-M-WB

Table 2: Flat models
brace

loading

base

With Brace

With Brace
Static
Shaking
Loading
Table

Siding

F-S-SL-WB

Mortar

F-M-SL-WB

F-S-ST-WB
F-M-STWB

Without Brace

C-S-WoB
C-M-WoB

Without Brace
Static
Shaking
Loading
Table

F-S-SL-WoB
F-M-SLWoB

F-S-ST-WoB
F-M-STWoB
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3 OUTLINE OF TESTS
We used the cube specimens in the static tests. The
loading plan was made with reference to the allowable
stress designed for the construction of a wooden frame
house.5) The deformation angles of the specimen were
adjusted to 1/450, 1/300, 1/200, 1/150, 1/120, 1/100,
1/75, 1/50, 1/40 and 1/30. Deformation angles other than
1/40 were repeated three times on the positive and
negative sides, but we tested the deformation angle 1/40
just once. Excluding the deformation angle 1/40, we
performed a standard test. The large deformation angles
of 1/20, 1/15, 1/10 and 1/8 were carried out by addition
and, according to the testing machine, these remained on
the positive side. The specimen was loaded until it
reached the target deformation angle, and then the
deformation angle was returned until the load became
zero. In addition, the specimen was loaded until it
reached a large target deformation angle. These tests
were then repeated, although loading to deformation
angles greater than 1/20 were repeated just once.
When the target deformation angle and load were zero,
we examined the damage to the specimen.
The cube specimen tests are referred to as test 1 in the
following. The dynamic tests of the flat models
measured the shaking table on one horizontal axis, and
the input was a sine wave. The target deformation angles
in the shaking table test were same as those of test 1. As
an example, Figure 10 shows the test results from one
shaking table test. The test method was as follows: First,
we determined the period of the specimen by adjusting
the period of the shaking table at a small amplitude. Next,

to ensure that the deformation angle of the specimen
reached the target deformation angle, we increased the
amplitude of the shaking table. Damage to the specimen
progressed during excitation, and as the period of the
specimen lengthened, the deformation angle of the
specimen occasionally became small. In this case, we
determined the period of the specimen again by adjusting
the period of the shaking table. After the deformation
angle of the specimen had reached the target deformation
angle, we gradually reduced the amplitude of the shaking
table. When the specimen stopped shaking, we examined
the damage to the specimen. During the shaking table
test, the deformation angle of the specimen gradually
approached the target deformation angle, so it reached a
deformation angle close to that of the target deformation
angle many times. On the other hand, in the static
loading test, the specimen reached the target deformation
angle only once. We refer to the flat specimen tests as
test 2 in the following.

4 TEST RESULTS
4.1 RESULTS OF SIDING EXTERIOR WALL
TEST
Figure 11 shows the loaddeformation angle
relationships in test 1. The maximum strength of the
specimen occurred at about 1/30 (33.3 × 10−3 radians)
regardless of the presence of the braces. When the
deformation of the specimen reached the target

80
60

C-S-WoB

40

Load (kN)

exterior wall 735 N/m2, floor 588 N/m2, live load 598
N/m2. In the cube specimen, one wall was assumed to
support a floor with an area of 3.6 m × 2.7 m. In the flat
specimen, one wall was assumed to support a floor with
an area of 2.7 m × 2.7 m. The floor height of both
specimens was assumed to be 2.8 m. As a result, a
weight of about 4.3 t (mass) was set onto the cube
specimen, and a weight of about 1.9 t (mass) was set
onto the flat specimen.
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Figure 10: Example of the shaking table test result.
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Figure 11: Load-Deformation angle relationship

deformation angle, it was held in place. Then, when the
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load was reduced to zero, the specimen continued to be
held in place. At that point, we examined the damage to
the exterior wall, interior wall and structural members.
Table 3 shows the relationship between the deformation
angle and the damage to the exterior wall, interior wall
and structural members.6) The symbol ■ indicates
damage that can be clearly recognized when the load is
zero. The results of this study were roughly similar to
those in existing research.7),8),9) The braces did not
influence the relationship between the deformation angle
and the damage incurred. The characteristic damage to
the exterior wall was a crack in the siding, which we

found at the deformation angle 1/120 (8.3 × 10−3 radians).
The characteristic damage of the interior wall was a gap
in the wallpaper, which we found at the deformation
angle 1/300 (3.3 × 10−3 radians). From Figure 11, we
know that the specimen strength at this deformation
angle was about 65% of its maximum strength. The
stiffness of the building decreases after being loaded to
its the maximum strength. The risk of building collapse
from aftershock increases when the building stiffness is
decreased. As such, it is important to understand the
condition of buildings with respect to their
loaddeformation relationships.

Table 3: Relation between deformation angle and damage (Siding exterior wall specimen)

deformation
angle
(×10−3 radian)

exterior wall
(C-S-WoB)

1/450
(2.2)

･no special note

1/300
(3.3)

･Paints around the nail cracked.
･Some nails come out or dented
slightly.

1/200
(5.0)

･The siding boards were slid
horizontally.
■The siding began to peel off.
･The seal was split.

1/150
(6.7)

■The come out nails has increased.

1/120
(8.3)

･The siding around the window
cracked.

1/100
(10.0)

･The frame around the window was
broken.
■Some nails came off and it fell.
■The crack of the siding around the
window has grown.
■The nail cut, and it flew.(It flew
from the wall by 2m.)
･Some cracks of the siding
penetrated.
■The split of seal was grown.
■The cut off and come out nails
increased.
･The crack width of the siding was
grown 1mm or more.

1/75
(13.3)
1/50
(20.0)

1/30
(33.3)
1/15
(66.7)

inner wall
(C-S-WoB)
･The wallpaper cut slightly.
･The nails for the plasterboard
come out.
･The wallpaper cut along the
plasterboard.
･The plasterboards were slid
horizontally.
･The plasterboard cracked.
■The wallpaper crumpled around
the window.
･The baseboard in the corner
peeled off.
･The baseboard in not the corner
peeled off.
･The plasterboards in the corner
were slid vertically.
･The wallpaper peeled off.
■The gap of the plasterboard has
grown. (maximum: 6 mm)

Structural member
(C-S-WB)
･no special note

･no special note

･no special note

･no special note
･no special note
･no special note

･no special note

･no special note

･The baseboards were slid
vertically.
■The baseboard came off.

･no special note

■The plasterboard fell.

■The brace was
buckled (1P)

･no special note

･no special note

1/10
(100.0)

･no special note

･no special note

1/8
(125.0)

■The siding fell.

･no special note

■The brace was
buckled (2P)
･The column come
off the tenon of
base.
■Base cracked.
･no special note
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Damage associated with a deformation angle of 1/30
(33.3 × 10−3 radians) in specimens loaded to their
maximum strength is shown below. Some plasterboard
had fallen from the interior wall. It is necessary to enter
unstable buildings to confirm the damage to their interior
walls. In addition, damage investigation might be
impeded by furniture. Therefore, a method for easily and
safely estimating damage to exterior walls would be very
helpful in the aftermath of an earthquake. We next
investigated the damage to the exterior wall.
Figure 12 shows the damage to the exterior wall of a
specimen at a deformation angle of 1/30 that had been
loaded to its maximum strength, and another at a
deformation angle of 1/50, which is one step smaller.
The damage process caused by increasing the
deformation angle from 1/50 (20 × 10−3 radians) to 1/30
(33.3 × 10−3 radians) included ‘the cutting off and
coming out of the nails increased’ and ‘the crack width

of the siding grew to more than 1 mm’. It is difficult to
objectively distinguish between these differences. In
addition, because the cracks in the siding closed when
the load was zero, they were difficult to locate. On the
other hand, it was easy to locate nails that had come out
of the wall even when the load returned to zero.
Therefore, this can be used an objective measure. In test
1, when the deformation angle was 1/30, nails came out
of the wall, but this occurred too late. Figure 13 shows
that only nails in one specific area did not come out.
In experiment 2, we carefully observed the nails coming
out. Figure 14 shows the envelope curve of the load
(inertia force)deformation angle relationship in test 2.
All the specimens in the experiments in test 2 were
loaded to their maximum strength at a deformation angle
of 1/30 (33.3 × 10−3 radians), as in test 1. With respect to
the load (inertia force)deformation angle relationship,
we did not confirm the influence of the dynamic loading
effect. Figure 15 shows the relationships of the nails
coming out and the deformation angle. The horizontal
axis is the maximum deformation angle experienced to
that point. The vertical axis is the percentage of nails that
came out by more than 1 mm out of all the nails. We
found that hardly any nails came out below a
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Figure 14: Envelope curve of the load, inertia
force-deformation angle relation

Figure 12: Damage of siding (c-s-wob)
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Figure 15: Come out of nails-deformation angle relation
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deformation angle of 1/75 (13.3 × 10−3 radians). More
nails began to come out at a deformation angle of 1/50
(20 × 10−3 radians). In the specimen with braces, the
number of nails that came out was greater that of the
specimen without braces. In the shaking table tests, the
number of nails that came out was greater than that of
the static tests. The reason for this was the number of
times the deformations experienced were equal to the
target deformation. In the shaking table test, with respect
to the deformation of the specimen, a deformation angle
equal to the target deformation angle would have been
repeated about ten times or more by time it reached the
target deformation, as shown in Figure 10. On the other
hand, the specimen experienced the target deformation
angle only once in the static loading test. In general, it is
rare for a building in an earthquake to experience a
deformation angle that causes it to reach its maximum
strength as many as ten times. The deformation angle
that required maximum strength by all specimens was
about 1/30 (33 × 10−3 radians). At that point, the number
of nails that had come out by 1 mm or more exceeded
5% of the total. This result indicates that the building
had reached its the maximum strength. Because its
strength and stiffness had decreased, the building
brought to its maximum strength was at risk of collapse
from aftershocks. Therefore, when workers approach a
house with the above-mentioned damage, strict care is
necessary and they should never go inside the house.
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Figure 16: Load-Deformation angle relationship

Deformation angle:1/75(13.3×10 -3 radians)

S

300

C-M-SL-WB

4.2 RESULTS OF MORTAR EXTERIOR WALL
TEST
Figure 16 shows the loaddeformation angle relationship
in test 1. The maximum strength of the specimen was
reached at about 1/50 (20 × 10−3 radians) regardless of
the presence of the braces. When the deformation of the
specimen reached the target deformation angle, it was
held in place. Afterwards, when the load was reduced to
zero, the specimen continued to be held. At this point,
we examined the damage to the exterior wall, interior
wall and structural members. Table 4 shows the
relationship between the deformation angle and the
damage to the exterior wall, interior wall and structural
members6). The symbol ■ indicates the damage that can
be clearly recognized when the load is zero. The results
of this test were roughly similar to those in existing
research.7),8),9) The braces did not influence the
relationship between the deformation angle and the
damage incurred.
On the interior wall, we found a crack in the stucco when
the deformation angle was 1/450 (2.2 × 10−3 radians),
which could be clearly recognized even when the load
was zero. The load at that time was about 30% of
maximum strength. When the building reached its
maximum strength, the stucco in the corner of the
specimen was crushed, and could be easily observed.
However, it is necessary to enter an unstable building to
confirm damage to the interior wall. In addition, any
investigation of damage might be impeded by furniture.
Therefore, a method is needed for easily and safely
estimating damage to the exterior wall in the aftermath
of an earthquake, and it is reasonable to consider damage
to the exterior wall.
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Deformation angle:1/50 (20.0×10 -3 radians)

Figure 17: Cracks of exterior wall mortar

300

WCTE 2016 e-book | 5089

Table 4: Relation between deformation angle and damage (mortar exterior wall specimen)

deformation
angle
(×10−3 radian)
Initial
1/450
(2.2)
1/300
(3.3)
1/200
(5.0)

exterior wall
(C-M-WoB)

inner wal
(C-M-WoB)

･Crack in the upper part of window
･The mortar around the window
cracked.
･The new cracks have derived from
the initial crack.
･Mortar peeled off from the wooden
lath.

･no special note
■The stucco in the boundary part in
the column and the beam cracked

Structural
member
(C-M-WB)
･no special note
･no special note

･no special note

･no special note

･The stucco cracked along the
plasterboard.

･no special note

1/150
(6.7)

･no special note

･The direction of the crack became
unrelated with the plasterboard.

1/120
(8.3)

■Mortar in the window corner part
peeled off and it fell off.
(30mm×30mm)

･The column
come off the
tenon of base.

■The stucco in the corner part was
crushed.

･no special note

■The width of the crack of the
stucco has grown up.

･no special note

■The plasterboards were slid.

･no special note

■A part of the plasterboard
protruded.

■Base cracked.

■A part of plasterboard fell off.

･no special note

■Most plasterboard peeled off and it
fell off.

■The brace was
buckled.

1/40
(25.0)
1/30
(33.3)

･no special note
■Mortar on the corner peeled off
and it fell off.
･Shearing crack on the mortar.
■Mortar in the upper part of the
window protruded by about 5mm.
■The width of the shearing crack
has grown up.
■Most mortar peeled off and it fell
off.

Crack

Crack

displacement sensor
Figure 18: Measurement of width of crack
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Figure 17 shows the damage to the exterior wall at a
deformation angle of 1/50 (20 × 10−3 radians) that
resulted in the specimen reaching its maximum strength,
and a deformation angle of 1/75 (13.3 × 10−3 radian),
which is one step smaller. The difference between them
is only in the shearing cracks, although the shearing
cracks disappeared when the load was zero. The stiffness
of the building decreases after reaching maximum
strength. The building’s risk of collapse from aftershock
increases when the stiffness of the building is decreased.
The importance of determining the damage when
maximum strength has been reached is demonstrated by
our study results. We paid close attention to the width of
the cracks around the window, and measured these

Figure 19: Envelope curve of the load, inertia forcedeformation angle relation

cracks in test 2. In general, cracks around windows
progress at an angle of 45 degrees10), so we set up
displacement sensors at the corner of the window, as
shown in Figure 18.
Figure 19 shows the envelope curve of the load (inertia
force)deformation angle relationship in test 2. The
maximum strength of the specimen was reached at
deformation angles ranging from 1/1001/50 (10 ×
10−320 × 10−3 radians) regardless of the presence of the
braces or the dynamic loading effect. The deterioration
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5 CONCLUSIONS
In recent years, natural damage from severe earthquakes
and aftershocks have happened frequently in Japan. As a
result, many buildings have been damaged and might
collapse during construction repair. Industrial accidents
might also occur. It is important to determine the
residual seismic performance of buildings to prevent
these eventualities. Based on our study results, we
conclude that damaged buildings collapse from severe
aftershock if they have already reached their maximum
strength, because the strength and the stiffness of these
buildings have decreased. We made a detailed
investigation of the damage to the exterior wall of a
wooden house. This building had already reached its
maximum strength, and we judged whether the stiffness
had decreased by experiment. Two types of exterior
walls were tested, one of which was made of siding and
the other mortar. In the building with the siding exterior
wall, we examined the nails that fixed the siding. The
number of the nails that came out by 1 mm or more
exceeded 5% of the total. As such, we judged that the
building had already reached its maximum strength. In
the building with the mortar exterior wall, we measured
the width of the crack that occurred around the window,
and judged that the building had reached its maximum
strength when the width of the cracks around the
window exceeded 1 mm. Therefore, when workers
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Figure 20: Concept of crack width measurement timing
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in strength after maximum strength is reached was
significant in these tests. The risk of collapse in
buildings with these characteristics is high. Therefore,
the danger of collapse from aftershocks is high even if a
building did not collapse from the main shock. Figure 20
shows the concept for the crack width measurement
timing. In the static experiment, damage was observed at
'zero load' and the 'target deformation angle' of Figure 20.
However, this damage cannot be investigated while the
earthquake is occurring, but only afterwards. Therefore,
after we stopped the shaking table, and the free vibration
of the specimen had quieted down, we evaluated the
width of the crack. The timing at ‘end of vibration’ in
Figures 20, 21 and 22 show the width of the
crackdeformation angle relationships of 'F-M-ST-WB'
and 'F-M-ST-WoB'. The vertical axis is the width of the
residual crack, and the horizontal axis is the maximum
deformation angle prior to measuring the width of the
crack. In both specimens, the maximum deformation
angle and the width of the residual crack were roughly
proportional. The deformation angle at which the
specimen reached its maximum strength ranged from
1/1001/50 (10 × 10−320 × 10−3 radians). At this point,
the width of the residual crack ranged from 1 mm3 mm.
We note that a building has already reached its
maximum strength if the width of the residual crack
around the window exceeds 1 mm after an earthquake.
Because the strength and stiffness have decreased, any
building that has reached its maximum strength is at risk
of collapse from aftershock. Therefore, when workers
approach a house with the above-mentioned damage,
and should never enter the house.

F-M-ST-WoB

4

Upper left

3

Upper right

2

Lower left

1

Lower right

0

-30

-20

-10

Deformation angle

0

10

20

30

（×10-3 radian）

Figure 22: Width of residual crack-deformation angle
relationship

approach a house with such damage, strict care must be
taken and they should never enter the house.
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APPLIED METHOD AND ESTIMATION OF DURABLE YEARS FOR
MODERN TIMBER BRIDGES
Hideyuki Honda1, Shogo Araki2
ABSTRACT: The history of modern timber bridge used glulam is about 30 years in Japan, and maintenance method of
the bridges is being improved. However, the actual condition is that the investigation on durable years for modern
timber bridges is hardly done also in foreign countries in addition to the timber bridge research subcommittee in JSCE.
In this study, the calculation of durable years, the estimation and the factor analysis by qualification theory class I are
performed with the data of 72 modern timber bridges, and then the estimated equation of durable years for modern
timber bridges is investigated. Furthermore, the applied method of the estimated equation is also shown in this study.
KEYWORDS: Modern timber bridge, Durable years, Calculated equation, Factor analysis, Estimated equation

1 INTRODUCTION
The timber bridge with glulam is defined as modern
timber bridge. The history of modern timber bridges is
about 30 years in Japan, and many modern timber
bridges have been constructed. Although the most is a
pedestrian bridge, about 40 highway bridges have been
constructed including a king post truss bridge which is
the world's largest span length. Moreover, a durable
design method and processing, construction technology,
etc. progress, and a maintenance method are also being
improved in each research institution.
In construction of modern timber bridge, economical
efficiency and durability become an important subject.
On durability, the order side considers similarly modern
timber bridges to be corduroy bridge and lumber bridge
in many cases. About durability, if the estimation of
durable years is possible for established modern timber
bridge, the time of repair work by many years past can
specify. On the other hand, the change of design to
higher durable years becomes possible for modern
timber bridge which plan newly. Therefore, there is a
synergism remarkable in enlightenment or suitable
preventive maintenance to order person, designer,
construction contractor, and administrator. However, as
examination which presumes the durable years for
modern timber bridge, the present condition is hardly
carried out also in foreign countries in addition to the
authors [1,2,3] and a timber bridge research
subcommittee [4,5,6] in Japan Society of Civil Engineers
(JSCE).
In this study, the durable years is calculated using the
1 Hideyuki Honda, Kanazawa Institute of Technology, Japan,
honda@neptune.kanazawa-it.ac.jp
2
Shogo Araki, Hattori Engineer Corp, Japan, S-araki@hattorieng.co.jp

formula of durable years for 72 modern timber bridges
based on construction track record data, and the analysis
of factor considered to have affected the durable years is
carrying out. Furthermore, the factor analysis of the
durable years by qualification theory class I and the
estimated equation of the durable years based on the
results are created. The estimated equation and its
utilizing method of the concrete durable years at the time
of the preventive maintenance, and new plan for future
modern timber bridge are also shown.

2 CALCULATION METHOD OF
DURABLE YEARS
2.1 FACTOR, HEADING AND FORMULA OF
FACTOR

In calculation of the durable years, the six factors such as
wood material: P, circumferential environment: E,
structural style: S, prevention of decay (structure): D,
prevention of decay (execution): C, and conservation
action: M are evaluated numerically, and the index value
Y is calculated by the formula with those values. Then,
the durable years is calculated by the formula of durable
years with the index value Y. The headings to the factors
as P, E, S, D, C, and M are shown in Table 1. The
calculation formulas of each factor are shown in Table 2.
2.2 CALCULATION EQUATION
At the first in this investigation, for the object 12 timber
bridges such as 5 timber bridges of road closed, 5
removed timber bridges and 2 healthy timber bridges,
the linear formula was applied to the relation between
the index value Y and the durable years T by the
equations (1) and (2) [4-6].
Y=PxExSxDxC+M
T = 15 x Y

(1)
(2)
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Table 1: Factor and heading

E

S
D
C
M

Factors
Wood material: P
Circumferential
environment: E
Structural style: S
Prevention of decay
(structure): D
Prevention of decay
(execution): C
Conservation action: M

E2: Local environmental condition of
constructed position
S1: Existence of roof
S2: Deck, half through, through
S3: Main structural style
S4: Deck style
d: Prevention of decay (structure)
c: Prevention of decay (execution)
m: Conservation action, N: Frequency

However, when the durable years becomes larger than
16, the result to which a difference with linear formula
becomes large arises as shown in Fig 1. Therefore, as the
results of investigation on suitable function between Y
and T, the exponential function was created to the
equation (2) described above [8]. The calculated
equation of the index value Y for durable years based on
six factors is shown in an equation (1). Since the index
value Y is added by + when there is the number of N of
the re-preservation decay coating or repair in the
conservation action M in the equation (1), the durable
years becomes large. The durable years T is calculated
by the equation (3) with the index value Y. Moreover, the
relation between index value Y and durable years T is
shown in Fig. 2.
T = 7.0 e 0.73 Y ≦ 50 (year)

(3)

In addition, in consideration of the actual conditions [46], such as decay of wood, traffic restriction and
withdrawal, and design method [7] of a modern timber
bridge, the durable years makes maximum 50 years.
Here, we describe the circumstances which are created
the equations (1) and (3). As the results of having
considered sampling and digitization of the factors
related to the durable years for modern timber bridges
based on the reference [1], the six factors described
above were decided in the timber bridge research
subcommittee [4-6]. In that case, the equation (1) which
calculates the index value Y was changed into the form
which integrates each factor P, E, S, D and C in order to
apply of least squares method to digitization of each
factor [5-6].
2.3 VALUES OF HEADINGS
Table 3 shows the values of the headings Pi to wood
material P. Table 4 shows the values to the growth
condition of decay fungus by region E1 in the
circumferential environment E. Especially the local
division of E1 is distinguished by the ratio RT of annual
mean temperature at bridge point and national annual
mean temperature, as shown in Table 4. Fig. 3 shows the
Japanese map to the division. Table 5 shows the values
to local environmental condition of constructed position

Formulas
P=P1 + P2 x P3
E=E1 x E2
S=S1 x S2 x S3 x S4
D=d
C=c
M=∑(N x m)

Durable years T (year)

P

Table 2: Formula of each factor

Headings
P1: Durability of wood
P2: Permeability of preservative
P3: Method of preservative treatment
E1: Growth condition of decay fungus
by region

T=15 x Y
Index value Y

Figure 1: Equation (2) of durable years at the first investigation
Durable years T (year)

Factors

T=7.0 e 0.73Y ≦50

Index value Y
Figure 2: Index value Y and durable years T
Table 3: Values of wood material: P

P1

P2

P3

Headings
Cypress, Bongossi, Zelkova, etc
Cedar, Pine, Larch, etc
Fir, Red pine, Black pine
Sakhalin fir, Silver fir, Camphor
Japanese cypress
Cedar, Pine, Fir, etc
Cypress, Camphor, Larch, etc
Chestnut, Bongossi, Oka, etc
Pouring and a surface treatment
Pouring treatment
Surface treatment
Without preservative treatment

Values
1.5
1.0
0.9
0.8
1.1
1.0
0.9
0.8
1.0
0.6
0.3
0.0

Table 4: Values by region of growth condition of decay
fungus: E1
Local divisions
Divisional definition
Values
Division 1
1.2
RT ≦ 0.74
Division 2
1.1
0.74 ＜ RT ≦ 1.00
Division 3
1.0
1.00 ＜ RT ≦ 1.16
0.9
Division 4
1.16 ＜ RT ≦ 1.25
Division 5
0.8
1.25 ＜ RT
RT =TL / TA , TL: Annual mean temperature at bridge
point, TA: National annual mean temperature
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Table 6: Values of Structural style: S

Division 1
Division 2
Division 3
Division 4
Division 5

1.2
1.1
1.0
0.9
0.8

Blue
Green
Yellow
Pink
Red

Figure 3: Division map of growth condition of decay fungus E1
Table 5: Values of local environmental condition of constructed
position: E2
Environmental conditions

Values

General environment

1.0

Moistness environment

0.7

E2. Since there were no conditions which are moistness
environment in the 72 objected bridges about the local
environmental condition E2, this calculation was
altogether performed as the general environment.
The values of the headings Si to the structural style S are
shown in Table 6. The values to the prevention of decay
(structure) D are shown in Table 7. The values to the
prevention of decay (execution) C are shown in Table 8.
Since d is considered to be general correspondence and c
was generally considered to be standard execution in
construction of modern timber bridges about D in Table
7, and C in Table 8, this calculation assumed both to be
1.0. The values to the conservation action M are shown
in Table 9. Since track record data had not satisfied the
factor m and the number N on conservation action shown
in Table 9, this calculation calculated as D=1.0, C=1.0
and M=0.0. Each factor, each heading and each value
described above are based on the results of investigation
on the actual conditions, such as deterioration situation
by decay and years to withdrawal etc for 12 modern
timber bridges. Furthermore, those values are based on
the results of having verified validity for 36 modern
timber bridges [4-6, 8].

3 CALCURATION OF DURABLE
YEARS
3.1 OBJECTED BRIDGE
The data of constructed track record of 991 timber
bridges is accumulated in the Honda laboratory which is
one of authors. As shown in Fig. 4, 237 bridges are
modern timber bridge in 991 bridges, and 754 bridges
are corduroy or lumber bridge. The objected bridge in
this study is 72 bridges which the data to six factors such
as wood material circumferential environment, structural
style, prevention of decay (structure), prevention of

headings
S1: Existence of roof
With roof
Without roof
S2: Deck, half through, through
Deck bridge
Half through bridge
Through bridge
S3: Main structural style
Girder bridge
Arch, rigid frame bridge
Slab bridge
Truss bridge
S4: Deck style
Steel plate deck, RC deck
Wood deck (with pavement)
Wood deck (without pavement)

Values
2.0
1.0
1.0
0.8
0.8
1.0
0.9
0.8
0.7
1.8
1.5
1.0

Table 7: Values of prevention of decay (structure):D=d
Prevention of decay (structure)

Values

Structure considered especially

1.3

General correspondence

1.0

Table 8: Values of prevention of decay (execution):C=c
Prevention of decay (execution)
Execution considered especially
Standard execution

Values
1.2
1.0

Table 9: Values of conservation action: M
Conservation action: M=∑(N x m)
N: number of conservation action

Values

Re-preservation decay coating of main girder
Repair of decay part

0.3

Without Conservation action

0.0
991Timber
bridges

237Glulam
bridges

754Coduroy /
Lumber bridges

Figure 4: Rate of timber bridges

decay (execution), and conservation action has satisfied
to calculate the durable years in the 237 bridges.
3.2 CALCULATED VALUE
Based on the values to each heading mentioned above,
the durable years are calculated by the equations (1) and
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(3) in 72 modern timber bridges. The result of the
calculation is shown in Table 10. These durable years T
is defined as the calculated value. The maximum value
Table 10: Calculated result of durable years (part 1)
Circumferential
Wood material
environment
No.
P1
P2 P3
P
E1
E2
E
S1
1

1

1

1

2

1

1

1

1

of the durable years in 72 bridges became 50 years, the
minimum value became 15 years, and the mean value
became 33 years.

Structural style
S2

S3

S4

S

0.8

0.9

1

0.72

Decay
(Const.)
d
D

Decay
(Exe.)
c C

Conservation
action
m N M

1

1

1

0

0

1

0

Y

T

1.44

20

2

1

1

1

2

1

1

1

1

1

0.9

1.5

1.35

1

1

1

1

0

0

0

2.7

50

3

1

1

1

2

1

1

1

1

1

0.7

1

0.7

1

1

1

1

0

0

0

1.4

19

4

1

1

1

2

0.9

1

0.9

1

1

1

1

1

1

1

1

1

0

0

0

1.8

26

5

1

1

1

2

0.8

1

0.8

1

1

0.9

1

0.9

1

1

1

1

0

0

0

1.44

20

6

1

1

1

2

0.9

1

0.9

1

1

1

1

1

1

1

1

1

0

0

0

1.8

26

7

1

1

1

2

1

1

1

1

0.8

0.9

1

0.72

1

1

1

1

0

0

0

1.44

20

8

1

1

1

2

1

1

1

1

1

1

1

1

1

1

1

1

0

0

0

2

30

9

1

1

1

2

1.1

1

1.1

1

1

0.9

1.5

1.35

1

1

1

1

0

0

0

2.97

50

10

1

1

1

2

1.1

1

1.1

1

0.8

0.7

1.5

0.84

1

1

1

1

0

0

0

1.85

27

11

1

1

1

2

1

1

1

1

1

0.9

1.5

1.35

1

1

1

1

0

0

0

2.7

50

12

1.5

0.9

1

2.4

1.1

1

1.1

1

1

1

1

1

1

1

1

1

0

0

0

2.64

48

13

1

1

1

2

1.1

1

1.1

1

1

1

1

1

1

1

1

1

0

0

0

2.2

34

14

1

1

1

2

1.1

1

1.1

1

1

1

1

1

1

1

1

1

0

0

0

2.2

34

15

1

1

1

2

1

1

1

2

0.8

0.7

1.5

1.68

1

1

1

1

0

0

0

3.36

50

16

1

1

1

2

1

1

1

1

0.8

0.7

1

0.56

1

1

1

1

0

0

0

1.12

15

17

1

1

1

2

1.1

1

1.1

1

1

0.7

1.5

1.05

1

1

1

1

0

0

0

2.31

37

18

1

1

1

2

1.1

1

1.1

1

0.8

0.9

1.5

1.08

1

1

1

1

0

0

0

2.38

39

19

1

1

1

2

1

1

1

1

0.8

0.7

1

0.56

1

1

1

1

0

0

0

1.12

15

20

1

1

1

2

1

1

1

2

0.8

0.7

1

1.12

1

1

1

1

0

0

0

2.24

35

21

1

1

1

2

1

1

1

1

0.8

0.9

1.5

1.08

1

1

1

1

0

0

0

2.16

33

22

1

1

1

2

1.1

1

1.1

1

0.8

0.9

1

0.72

1

1

1

1

0

0

0

1.54

22

23

1

1

1

2

1.1

1

1.1

1

1

1

1

1

1

1

1

1

0

0

0

2.2

34

24

1

1

1

2

1.1

1

1.1

1

1

0.9

1.5

1.35

1

1

1

1

0

0

0

2.97

50

25

1

1

1

2

1.1

1

1.1

1

1

0.7

1.5

1.05

1

1

1

1

0

0

0

2.31

37

26

1

1

1

2

1.1

1

1.1

1

1

1

1.5

1.5

1

1

1

1

0

0

0

3.3

50

27

1

1

1

2

1.1

1

1.1

1

1

1

1.5

1.5

1

1

1

1

0

0

0

3.3

50

28

1

1

1

2

1.1

1

1.1

1

0.8

0.7

1

0.56

1

1

1

1

0

0

0

1.23

17

29

1

1

1

2

1.1

1

1.1

1

0.8

0.7

1

0.56

1

1

1

1

0

0

0

1.23

17

30

1

1

1

2

1.1

1

1.1

1

0.8

0.9

1

0.72

1

1

1

1

0

0

0

1.58

22

31

1

1

1

2

1.1

1

1.1

1

0.8

0.9

1

0.72

1

1

1

1

0

0

0

1.58

22

32

1

1

1

2

1.1

1

1.1

1

1

0.7

1.5

1.05

1

1

1

1

0

0

0

2.31

37

33

1

0.9

1

1.9

1.2

1

1.2

1

1

1

1

1

1

1

1

1

0

0

0

2.28

36

34

1.5

1.1

1

2.6

1.1

1

1.1

1

1

0.9

1

0.9

1

1

1

1

0

0

0

2.57

45

35

1

1

1

2

1.1

1

1.1

1

0.8

0.9

1

0.72

1

1

1

1

0

0

0

1.58

22

36

1

1

1

2

1.2

1

1.2

1

1

1

1

1

1

1

1

1

0

0

0

2.4

40

1
1
1
1

1

1

1

0

0

0

1.54

21

1

1

1

0

0

0

2.2

34

1

1

1

0

0

0

2.74

50

37

1

1

1

2

1.1

1

1.1

1

1

0.7

1

0.7

38

1

1

1

2

1.1

1

1.1

1

1

1

1

1

39

1

0.9

1

1.9

1.2

1

1.2

1

1

0.8

1.5

1.2

40

1

0.9

1

1.9

1.2

1

1.2

1

1

1

1

1

1

1

1

1

0

0

0

2.28

36

41

1

0.9

1

1.9

1.2

1

1.2

1

1

1

1.8

1.8

1

1

1

1

0

0

0

4.10

50

42

1

0.9

1

1.9

1.2

1

1.2

1

1

1

1.5

1.5

1

1

1

1

0

0

0

3.42

50

43

1

1

1

2

1.1

1

1.1

1

0.8

0.9

1.8

1.30

1

1

1

1

0

0

0

2.86

50

44

1

1

1

2

1

1

1

1

0.8

1

1

0.8

1

1

1

1

0

0

0

1.6

22
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Table 10: Calculated result of durable years (part 2)

P1

P2

P3

P

Circumferential
environment
E1
E2
E

45

1

1

1

2

1.1

1

1.1

1

0.8

0.7

1

0.56

1

1

1

1

0

0

46

1

1

1

2

1.1

1

1.1

1

0.8

0.7

1

0.56

1

1

1

1

0

47

1

1

1

2

1.1

1

1.1

1

0.8

0.7

1

0.56

1

1

1

1

0

No.

Wood material

Structural style
S1

S2

S3

S4

S

Decay
(Const.)
d
D

Decay
(Exe.)
c C

Conservation
action
m N M

Y

T

0

1.23

17

0

0

1.23
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3.3 RELATION BETWEEN DURABLE YEARS
AND FACTORS
The relation between durable years and each factor
which are considered that influence is great for durable
years was investigated. As an example, Fig. 5 shows the
relation between main wood and durable years. The
values in this figure are number of objected bridges.
Since there are few bridges, the mean value of larch is

Max. value

Mean
value

Durable years T (year)

Durable years T (year)

Max. value

Min.
value

Pine

Cedar

large to pine or cedar. On the other hand, the mean value
is large although there are many bridges with cedar. This
shows the good result to construction of modern timber
bridge since many modern timber bridges which used
cedar glulam are constructed. Fig. 6 shows relation
between structural style and durable years. It seems that
the durable years of half and through arch bridges are
mall generally.

Larch

Figure 5: Relation between main wood and durable years

Mean
value

Min.
value

Girder

Arch

(deck)

Arch

(half/through)

Truss

Figure 6: Relation between structural style and durable years
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Table 11: Calculated results by qualification theory class I

P1
P2

E1

S1
S2

S3

S4

Categories
P11: Cypress, Bongossi, Zelkova, Japanese cypress, Chestnut
P12: Cedar, Pine, Larch, Oka
P21: Japanese cypress,
P22: Cedar, Pine, Fir, Red pine, Black pine
P23: Cypress, Zelkova, Larch , Silver fir, Sakhalin fir
E11: Local division 1
E12: Local division 2
E13: Local division 3
E14: Local division 4
E15: Local division 5
S11: With roof
S12: Without roof
S21: Deck bridge
S22: Half though bridge
S23: Through bridge
S31: Girder bridge
S32: Arch, rigid frame bridge
S33: Slab bridge
S34: Truss bridge
S41: Steel plate deck, RC deck
S42: Wood deck (with pavement)
S43: Wood deck (without pavement)

4 ESTIMATION AND FACTOR
ANALYSIS OF DURABLE YEARS BY
QUALIFACATION THEORY CLASS 1
When the calculated method of durable years is created,
it is very important to evaluate quantitatively the
influence of each item considered to be related to
durable years. Therefore, this study investigated the
degree of incidence of each item using qualification
theory class 1. The qualification theory class 1 is a
method of changing qualitative data into quantitative
data, analyzing the degree of incidence to each item
statistically, and creating the estimated equation of the
quantitative data used as the nominal data.
In the calculation of qualification theory class 1, the
external criterion (characteristics value) is the durable
years calculated by the equation (3) based on 72 modern
timber bridges. The seven headings such as P1 and P2 on
the wood material, E1 on the circumferential
environment, S1 about the existence of roof, S2 about the
bridge form, S3 on the main structural style, and S4 about
the deck style were set as the item. In addition, since on
the method of preservative treatment and on the local
environmental condition of bridge position had become
the same conditions, those P3 and E2 were from the item.
Moreover, each item is subdivided by with roof and
without roof, for example as S1 on the existence of roof
is shown in Table 6. Each subdivided heading was
defined as the category and set up the total 22 categories
in this calculation. In addition, since the preservation of
decay (structure) D, the preservation of decay
(execution) C and the conservation action M are the
same values altogether as shown in Table 10, the
subdivision of those items of D, C and M is impossible.

Category weights

17.85
-0.51
-3.89
0.90
-3.09
3.70
-1.47
-3.37
-9.09
-12.89
22.52
-1.32
3.30
-5.65
-5.12
3.12
0.92
2.84
-6.53
11.21
10.26
-5.21

Ranges

Ranking

18.36

2

4.79

7

16.59

3

23.84

1

8.95

6

9.65

5

16.42

4

Estimated value T (years)

Items

Calculated value T (years)
Figure 7: Relation between estimated value and calculated
value of durable years

Then, since qualification theory class I could not be
applied in this calculation, the items of D, C and M were
excluded by this study.
4.1 FACTOR ANALYSIS
The calculated result of factor analysis of the durable
years for 72 modern timber bridges by the conditions
described above is shown in Table 11. Here, the range is
defined by the difference of the maximum values and the
minimum values of the category weights in each item,
and when this value is large, it means that the degree of
incidence to the durable years which is the external
criterion is high. Moreover, the ranking means ranking
from the large value of the ranges.
In addition, on the relation between the durable years
calculated by the equation (3) based on track record data,
and the durable years estimated by qualification theory
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Table 12: Design condition of modern timber pedestrian girder bridge
P1

P2

Larch

Larch

E1

S1

Division 2

Without
roof

S2
Deck
bridge

S3
Girder
bridge

S4
Wood deck
(without pavement)

-0.51

-3.09

-1.47

-1.32

3.30

3.12

-5.21

P11=0
P12=1

P21=0
P22=0
P23=1

E11=0
E12=1
E13=0
E14=0
E15=0

S11=0
S12=1

S21=1
S22=0
S23=0

S31=1
S32=0
S33=0
S34=0

S41=0
S42=0
S43=1

class I, the multiple correlation coefficient was set to R=
0.98 as shown in Fig.7. The strong correlation was
acquired, and the high estimated accuracy was
recognized. Moreover, the constant term showing mean
of the estimated value is 34.82, and this constant term is
described by the equation (3) which is the estimated
equation of the following paragraph.
From the calculated results, the highest item of the
degree of incidence to the durable years was the
existence of roof S1. The category with roof S11 is
notably large compared without roof S12, and this can be
said to be the result of having reflected the actual
condition of timber bridges. The item high to the 2nd
was the durability of wood P1. On the other hand, the
lowest item to degree of incidence is the permeability of
preservative P2.
On the degree of incidence of each category shown in
Table 11, in the item P1, the cypress group: P11 has
category weight notably larger than the cedar group: P12,
and the influence on durability of wood material is seen
strongly. Although there is no big fluctuation in the item
P2, the value of cedar group: P22 with the sufficient
permeability of antiseptic to kind of wood is large a little
than the other categories P21 and P23. In the
circumferential environment E1, the negative category
weight is also large, so that the temperature ratio: RT at
constructed point shown in Table 4 is large. This is the
result that the growth condition of decay fungus is
clarified clearly from Hokkaido to Okinawa Prefecture.
On the existence of roof: S1, It is reflecting the actual
condition that the timber bridge with roof can expect
higher durable years than without roof.
On the floor form: S2, although the half and through
bridges are comparable negative weight, the deck bridge
has positive value. Since a deck bridge is the structure
where the floor is equivalent to roof of bridge, its
durability is high, and the actual condition that a high
durable years is expectable is shown. Although there is
no big fluctuation about main structural style: S3, the
girder bridge is a little advantageous to durable years.
However, the expectation of truss bridge seldom tends to
be possible from the problem of water disposal at the
panel point part of lower chord member. On the deck
style: S4, the category weight of the steel plate deck and
RC deck: S41, and the wood deck (with pavement): S42 is
notably large. This is because rain water processing can

expect with these decks, and is reflecting the actual
condition which durable years increase.
As mentioned above, the meaning as which the degree of
incidence has been quantitatively grasped by the
statistical technique to the item considered to influence
the durable years is large.
4.2 ESTIMATED EQUATION OF DURABLE
YEARS
The qualification theory class I can create the estimated
equation of durable years based on the category weight
shown in Table 11. The estimated equation is shown in
the equation (4), and the calculated durable year is called
estimated value.
T = 17.85P11－0.51P12 －3.89P21 + 0.90P22 －3.09P23
＋3.70E11－1.47E12－3.37E13－9.09E14－12.89E15
＋22.52S11－1.32S12 ＋3.30S21－5.65S22 －5.12S23
＋3.12S31 ＋0.92S32＋2.84S33－6.53S34
＋11.21S41＋10.26S42－5.21S43＋34.82 (year) (4)
Where, Pij, Eij, and Sij are category variables. The
category variable has the value of 1 when it corresponds
to the category of each item, and when it does not
correspond, the variables have 0. Therefore, two or more
categories do not correspond to each category in the item.
4.3 APPLIED METHOD
The estimated value of the durable years by the equation
(4) is utilizable for maintenance management or
preventive maintenance for existing modern timber
bridge. On the other hand, the equation (4) can also
estimate the durable years in the plan phase of new
modern timber bridge easily, and the investigation which
acquires a larger durable years is also possible by
devising design conditions such as kind of wood.
As an example, the construction of the modern timber
pedestrian girder bridge shown in Table 12 was planned.
The applicable category variable is set to 1 and the
category variable not corresponding is set to 0. Each
category variable is P11=0, P12=1 ， P21=0 ， P22=0 ，
P23=1，E11=0，E12=1，E13=0，E14=0，E15=0，S11=0，
S12=1，S21=1，S22=0，S23=0，S31=1，S32=0，S33=0，
S34=0，S41=0，S42=0 and S43=1.
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The applicable category weights are shown in Table 12.
Therefore, the equation (4) turns into the following
equation (5).
T = －0.51－3.09－1.47－1.32＋3.30＋3.12－5.21
＋34.82 =29.6 (year)
(5)
In this construction plan, a durable year is presumed to
be 29.6 (years). However, on this durable year, the
construction plan may not progress on the same level as
steel bridge or concrete system bridge.
Then, the kind of wood changed into cedar from larch,
and other construction conditions were same. Each
category variable is P21 = 0, P22 = 1, and P23 = 0. The
estimated equation (5) turns into the equation (6), and
the durable year becomes 33.6 (years). This method is a
method which except category weights with negative
large values shown in Table 11 from plan as much as
possible, and which increase the durable years.
T = －0.51＋0.90－1.47－1.32＋3.30＋3.12－5.21
＋34.82 = 33.6 (year)
(6)
As mentioned above, when the equation (4) is applied,
the durable years of the modern timber bridge planned
newly is estimated. Furthermore, the policy which
increases the durable years is also possible by taking an
edit of design conditions into consideration.

5 CONCLUSIONS
This study calculated the durable years of the 72
objected bridges from the data of construction track
record on timber bridges. Moreover, the analysis of
factor which has affected the durable years and the
estimation were performed using qualification theory
class I. Especially, it became clear quantitatively by the
statistical technique that the important factor related to
the durability for modern timber bridge affects the
durable years greatly.
When the equation (3) shown in this study is applied to
existing modern timber bridge, the maintenance
management in future and the plan of repair work will be
attained by taking into consideration the used years and
the estimated durable years. On the other hand, the
durable years can estimates for the modern timber bridge
which plan newly. Furthermore, the policy which the
durable year increases is also possible by taking an edit
of design conditions into consideration.
On the durable years, when soundness investigation for
modern timber bridge is conducted in usable years, it is
called for actually in many cases how much the after
durable years is presumed. This is the problem which
determines the concrete durable years, and is also a
problem which prepares the probabilistic confidence
interval of the durable years. However, the history of
modern timber bridge in Japan is about 30 years, and
most basic data which investigates durable years also
including foreign countries cannot be found. Then,
Honda [9] of co-authors is collecting data for the actual
condition of structural stiffness for modern timber bridge
by many years past from filed experiment or structural

analysis. However, there is little basic data for
examining the problems mentioned above. The
estimation of the durable years for modern timber bridge
based on probability theory and the construction of
preventive maintenance system based on the results are
future examination subjects.
This study is the first step for calculating of the durable
years for modern timber bridge. We will expect global
argument from now on, in order to build estimation of
the durable years for modern timber bridges. We desire
to establish spread, the maintenance management and the
preventive maintenance for modern timber bridges in the
future. It is the happiness for the reference basic data
shown in this study on the durable years for modern
timber bridges.
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The new generation of timber bridges – durable by protection
Antje Simon, Johannes Koch2
ABSTRACT: Design and construction of bridges consisting of the natural building material timber require extensive
expertise. It is supposed that timber bridges are only durable if they have been built as protected constructions. Due to
the environmental impact, structural timber protection takes absolutely priority over chemical treatment. Structural
timber protection means that moisture cannot penetrate into the structure or the construction can dry fast. The timber
moisture content of a protected bridge is such low that biotic destruction is excluded. Technical standards and design
guidelines are necessary to ensure a consistent high level of structural timber protection. The following paper
summarizes guidelines for the design and construction of structural protected members in timber bridges. The future
objective is to build aesthetic, durable and well-protected timber bridges.
KEYWORDS: protected timber bridge, structural timber protection, design guidelines, execution, inspection

1 INTRODUCTION 123
Using timber in bridge construction is of a centuries-old
tradition. Any very old, but well-protected bridges
demonstrate the potential of the natural material timber.
Since 2008, the construction of timber bridges has been
reduced extremely in Germany. A single event of
damage, faulty design and construction as well as
missing measures for maintenance caused a significant
image loss for bridges consisting of the natural material
timber.
Durable, low-maintenance and competitive bridges could
only be realised using an optimized structural timber
protection. The following paper presents measures of the
structural protection in timber bridges relating to aspects
of the design, the execution and the inspection.

2 PROTECTED TIMBER BRIDGES
2.1 STRUCTURAL VERSUS CHEMICAL
PROTECTION
The protection of timber is mandatory for a long service
life in constructions. Timber bridges have to be designed
and executed so that water is always kept away from the
construction or that the construction can always dry fast.
Protection measures shall ensure that the timber moisture
content does not exceed the 20 mass percent limit. In this
value range, a fungal growth and an organic destruction
of the timber are excluded.
Basically, three different principles of protection could
be imaginable: At first it is always recommended to use
1 Antje Simon, Fachhochschule Erfurt, University of Applied
Sciences, Germany, antje.simon@fh-erfurt.de
2
Johannes Koch, Fachhochschule Erfurt, University of
Applied Sciences, Germany, johannes.koch@fh-erfurt.de

timber with a high natural resistance and durability in
outdoor climate. At second chemical treatment could be
used, as it is standard in the northern European countries.
However, the preferred solution shall be the structural
timber protection.
Any events of damage at bridges made of Bongossi have
shown that the only trust in natural resistance of special
wood species is not enough for a long service life of
timber bridges [1].
Recent research work done in Norway demonstrates that
chemical treatment could not enable the expected service
life of 100 years [2]. Other examples, for instance
investigations on a freely exposed timber tower [3],
confirm that chemically treated wood is not enough
durable.
Due to sustainability and ecology, only structural timber
protection is an expedient solution for timber bridges
guaranteeing a long service life.
2.2 DEFINITION OF STRUCTURAL TIMBER
PROTECTION
Structural timber protection is an integral part of the
design of durable timber bridges. Using rules of
structural timber protection guarantees that moisture
cannot penetrate into the construction or the construction
is able to dry fast and easily.
A definition of protected and unprotected timber
members is given in the German national annex of
Eurocode 5-2 [4]: “Protected members cannot be
exposed to direct weathering by precipitation or
moisture ingress.” All other members are said to be
unprotected in Germany. The protection should be
realised on all exposed sides by claddings or a sufficient
roof overhang (Figure 1). Special expositions need
special investigations, for instance in the spray zones of
roads.
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30°

Figure 2: Covered bridge with a roof hanging over (Bridge
over river Saale, Burgk (GER); photo: A. Simon)

Figure 1: Examples for protected members: (a) Bridge with
deck located at the base of the main structure, (b) bridge with
deck located above the main structure, (c) covered bridge
[Figure NA.1 of EC-5-2/NA [4]]

The German national annex gives any recommendations
for the design of the structural protection. In general,
load-bearing members (e.g. main beams) that cannot be
replaced or that can only be replaced with considerable
effort shall be executed protected. Replaceable or
secondary members (e.g. handrails or planking) can be
installed unprotected.
2.3 STRUCTURAL DETAILING MEASURES
In covered bridges, the roof hangs over the load-bearing
elements. The overhang is deemed sufficient for the
members inside the covered area, which is bounded by a
line running from the edge of the roof inclined at an
angel of 30° to the vertical (Figure 2).
In bridges with the deck above the load-bearing
structure, the deck should be executed closed with a
sufficient overhang. Closed decks could be realised for
example by the concrete slab in timber-concretecomposite bridges (Figure 3) or by an asphalt layer in
timber bridges.

Figure 3: Timber concrete composite bridge with a sufficient
overhang

A special type of a well-protected hybrid timber arch
bridge is shown in Figure 4. The upper concrete shell
with two bituminous sealing membranes protects the
timber ribs below from weathering.
Bridges with decks located at the base of the loadbearing structure could be protected only by side
claddings. Such claddings are also necessary if the
overhang in deck or covered bridges is not sufficient.
Thereby, the special requirements of bridge inspection
should be taken into consideration [5]. Bridges have to
be designed and equipped so, that they can be inspected
hand-closely, easily, save and economically. Therefore,
the demands resulting from an easy and economic bridge
inspection must be considered already when designing
the bridge. The protection against weathering should be
designed so, that the members behind could be checked
easily.
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Figure 7 shows a timber arch bridge with a suspended
deck, where the arch girders are protected by stainless
steel plates on top and by side slat cladding against
weathering. The main beams beside the pavement are
also side slat cladded. The pavement consists of logglued laminated timber. A sealing and an asphalt layer
cover it.

Figure 4: The first hybrid timber arch bridge for wildlife in
Nettersheim (North-Rhine Westphalia, Germany; photo: A.
Simon)

Side cladding with open lamellas as shown in Figure 5
enables a hand-close inspection. Cladding with closed
lamellas (Figure 6) should be removed at every main
inspection to ensure a hand-close control.

Figure 7: The full-protected timber arch bridge in Höngesberg
(North-Rhine Westphalia, Germany; photo: A. Simon)

3 STANDARDIZED GUIDELINES
3.1 REQUIRMENT AND OBJECTIVES

Figure 5: Side cladding with open lamellas (Bridge over a
main road near Fribourg (CH); photo: A. Simon)

Figure 6: Side cladding with closed lamellas (Bridge over
river Saale, Burgk (GER); photo: A. Simon)

Due to the actual sustainability debate, timber
constructions get increasing public appreciation. In
building construction, the positive effects are shown by
increasing market shares. In the German federal average,
the percentage of pure timber constructions in housing
amounts about 17 %. For newly built non-residential
buildings, the rate averages actually over 18 %.
In bridge construction, the development is declining.
Since 2008, when a single timber bridge collapsed in
North-Rhine Westphalia, timber bridges have rarely
been built in Germany (Figure 8).
This single event of damage, faulty design and
construction as well as missing measures for
maintenance caused a significant image loss for bridges
consisting of the natural material timber.

Figure 8: Areas of bridges in federal highways, sorted by
materials (data from 01.03.2015)
Source:
http://www.bast.de/DE/Statistik/Bruecken/Brueckenstatistik.pdf
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Building timber bridges is a matter of conviction but also
of responsibility. Negative examples must not prevent
the construction of timber bridges. On the contrary, they
should lead to increasing research efforts, so that timber
bridges will be well designed, carefully built and
sustainably constructed in future. Durability could be
guaranteed for protected timber bridges only.

The specification drawings [8] show for example
construction variants for sealings (Dicht), joints (Fug),
bearings (Lag), wingwalls (Flü), bridge caps (Kap),
expansion joints (Übe), drainage (Was), handrails (Gel –
see Figure 9) and noise barriers (LSW). Overall, 173
different specification drawings for engineering
structures exist currently.

In Germany, comprehensive guidelines are available for
the construction of bridges consisting of reinforced
concrete, prestressed concrete, steel and steel-concretecomposites. Design, execution, maintenance and
inspection are regulated extensively for these
constructions and the standards will be permanently
updated to the state of the art. That is not applicable to
timber bridges. Up to now, technical conditions do not or
only rarely exist for the design, execution and
maintenance of protected timber bridges and the
inspection of timber bridges. Therefore, there is a
considerable competitive disadvantage for bridge
construction using the sustainable material timber.
The provision of technical standards representing the
current state of the art is a basic requirement for the
planning and the building of structures.
On the one hand, a renunciation of regulation opens
creative potentials and a considerable freedom of design.
On the other hand, the danger of serious errors in
planning and execution is immense. The effort for design
and execution is extremely higher if unified standards
are not available. Effective and economic results could
not be achieved in practice, if details and solutions that
could be standardized in principle have to be newly
developed for every normal project.
3.2 DESIGN GUIDELINES
Beside the material codes, bridge design must consider
the “Guidelines for design of civil engineering structures
(RAB-ING [6])” and “Guidelines for calculation of civil
engineering structures (BEM-ING [7])” in Germany.
Furthermore, “Specification drawings for civil
engineering structures (RIZ-ING [8])” have to be used.
Most of these guidelines are written for concrete and
steel bridges and do not consider the special material
timber (see Table 1).
Table 1: Existing design guidelines for bridges in Germany

Design
Calculation
Calculation
standards
Calculation
tools
Construction

Concrete / Steel /
Timber Bridges
Composite Bridges
RAB-ING [6]
BEM-ING [7]
Missing
EC1-2
EC1-2
EC2-2
EC5-2
EC3-2
EC4-2
Handbooks
for Missing
EC2, EC3, EC4
RIZ-ING [8]
Sample drawings
[9], Detail
drawings [10]

Figure 9: Specification drawing showing an example for
handrails at concrete bridges [8]

Specification drawings are adaptable for timber bridges
only in any cases. Drawings detailing the surrounding
area (e.g. Bösch, Was) and the substructure (Flü, Fuge,
Jahr, Mess, Verb, VES, Was) are useable because the
substructure of timber bridges mostly consists of
concrete.
As an important advantage of timber concrete composite
bridges, specification drawings could also be used for
the superstructure. The concrete deck plate excellently
protects the timber main beams arranged below with a
sufficient overhang in such composite bridges (see
Figure 3). All specification drawings developed for
concrete superstructures (e. g. Dicht, Gel, Kap, LSE,
Übe, Was as shown in Figure 13) could be easily used
without any adjustment effort.
Further research is needed in particular for detailing the
“critical” points of timber bridges. Considering the
moisture induced damages, the following structural
points have to be designed very carefully:
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•
•
•
•

Sealings on different surfaces,
Expansion joints at different superstructure
materials with different applications,
Bearings,
Handrails and guardrails including their
fastenings.

Therefore, sample drawings for timber bridges were
developed within a research project in 2006 [9].
Furthermore, additional detail drawings have been
published by the “Quality association for the
construction of timber bridges (QHB)” [10].
Figure 9, Figure 10 and Figure 11 show the different
drawing types detailing handrails.
In contrast to the specification drawings, the sample and
detail drawings have not been introduced by the building
supervisory authorities of the German federal states.
Important objectives are to merge and update the sample
and detail drawings and to gain recognition by the
supervisory authorities.

Figure 11: Detail drawing showing an example for handrails
at timber bridges [10]

In Figure 12, Figure 14 and Figure 14 a comparison of
the approved specification drawings and the drawings
for timber bridges is shown.

Figure 12: Longitudinal section of a bridge with the points
detailed in specification drawings for concrete bridges (black),
sample drawings (red) and detail drawings (green) for timber
bridges
Figure 10: Sample drawing showing an example for handrails
at timber bridges [9]

Figure 13: Cross section of a concrete bridge with points
detailed in specification drawings
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Figure 14: Cross section of a timber bridge with points
detailed in sample drawings (red) and detail drawings (green)

3.3 EXECUTION GUIDELINES
Standardised rules for delivery, storage, handling and
assembly of structural members in protected timber
bridges are mandatory to prevent increasing moisture in
timber elements during the execution process.
These rules shall include regulations for construction
supervision and building inspection. In addition,
guidelines for quality assurance are necessary especially
in conjunction with other materials.
Finland has regulated execution of timber structures in
an own national code [11]. In the Swiss code SIA 265
[12], one chapter gives general information for the
execution of timber structures. Comprehensive unified
rules for execution of timber bridges are missing up to
now.
In Germany, important guidelines for the execution are
the „Additional technical contractual terms and
guidelines for civil engineering structures (ZTV-ING
[13])“, the „Technical delivery conditions and technical
test specifications for civil engineering structures
(TL/TP-ING [14])“ and the “Bulletin for the
construction supervision for civil engineering structures
(M-BÜ-ING [15])“. None of these sets of rules consists
special information for timber bridges (Table 2).
Table 2: Existing execution guidelines for bridges in Germany

Technical
contractual
terms
Technical
delivery
conditions
and
test
specifications
Construction
supervision

Concrete / Steel /
Composite Bridges
ZTV-ING [13]

Timber Bridges
Missing

TL/TP-ING [14]

Missing

M-BÜ-ING [15]

Missing

3.4 INSPECTION AND MAINTENANCE
GUIDELINES
In Europe and America, any good examples for the
regulation of timber bridge inspection exist. A

maintenance manual for timber bridges has been
developed in Austria [16]. In Switzerland, even a code
regulates the maintenance of timber buildings [17].
Special examination methods for several members of
timber bridges are defined in the Bridge Inspector's
Reference Manual of the USA [18].
In Germany, measures for maintenance are fixed in the
„Guidelines for maintenance of civil engineering
structures (RI-ERH-ING)” [19] (see Table 3). The
maintenance management is organised using a special
road information data base (ASB-ING) [20]. The most
important document of [19] is the „Guideline for the
unified registration, valuation, record and evaluation of
the inspection results of structures according to DIN
1076 (RI-EBW-PRÜF)” [21]. If special defects are
detected during an inspection, an expert shall inspect the
bridge again considering the “Guideline for objectrelated damage analysis (OSA)” [22]. Maintenance
measures include the regular inspections of the bridges
as a precondition for economic repair or replacement.
In contrast to the rules for design and execution, the
guidelines for maintenance consider the building
material timber to regulate the handling with the existing
timber bridges.
Table 3: Existing inspection and maintenance guidelines for
bridges in Germany

Inspection
Special
inspection
Maintenance
Database
system for
Maintenance

Concrete / Steel /
Timber Bridges
Composite Bridges
RI-EBW-PRÜF [21]
OSA [22]
RI-WI-BRÜ [23]
RI-ERH-ING [19]
Missing
ASB-ING [20]

The special material timber requires special experiences
and expertise in the field of bridge inspection. Bridge
inspectors are often very experienced experts for
concrete bridges but seldom for timber bridges. A
special education is need for a professional evaluation of
the state of construction of timber bridges.
Besides that, a special program system exists for the
documentation of visibly detected defects at bridges in
Germany. This program must be used for all bridges of
the administrations of federal roads. All defects have to
be evaluated regarding structural stability, traffic safety
and durability and assign to special damage examples.
This procedure allows the control of the development of
the state of construction and gives the basis for the
maintenance management system. Unfortunately, the
program system is rarely applicable for timber bridges
up to now.
In addition to the regular inspections, monitoring
systems are helpful. For timber bridges, especially the
permanent control of the moisture content is useful.
Fungal growth can only occur at moisture values of more
than 20 mass percent. If a higher moisture content is
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measured by a permanent monitoring, the defect could
be detected and repaired immediately before a greater
economic damage occurs. For practical use, it is
important to define the areas of application of
monitoring systems, to compose a suitable measurement
equipment and to define the relevant measuring points
for several structures. Furthermore, it is expedient to
implement monitoring systems already in the design and
construction of new timber bridges [24].
3.5 RESEARCH PROJECT
The new generation of timber bridges should show high
durability by the application of excellent structural
timber protection. As it is shown above, standardised
guidelines for the planning and execution of protected
timber bridges are missing up to now. Therefore, the
research project “Protected Timber Bridges (ProTimB)”
has been applied to fill this gap and to support the
construction of timber bridges in Germany. The project
is financed by the Federal Ministry of Education and
Research and any companies. Experts from executing
firms, engineering offices and scientists work together in
this project to define a new quality standard for the
construction of timber bridges.

4 CONCLUSIONS
The construction of protected bridges should be
developed as the standard of a new generation of timber
bridges. Structural timber protection is essential for a
long service life of timber bridges. Timber will only be
able to compete with the other bridge building materials
in future, if structural protection will be implemented
consequently.
For the design and execution of protected timber bridges,
the provision of technical standards is necessary. In
future, a significant increase of the market shares for
timber bridges will be expected in Germany. Aesthetic,
well-protected and durable timber bridges with a high
quality standard should characterise the landscape in the
next years in the sense of ecological and sustainable
construction.
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OPTICAL FIBRE SENSORS AS A POTENTIAL SOLUTION FOR
MONITORING OF WOODEN STRUCTURES
Lukáš Velebil1, Richard Zelený2, Jan Včelák3, Milan Dvořák4, Petr Kuklík5,
Monika Terebesyová6, Michal Olbrich7
ABSTRACT: This paper deals with a new technique for monitoring timber constructions. The technique is based on an
idea that strain measuring fibre Bragg grating sensors (FBG) can be embedded during the fabrication inside load-bearing
elements made from a glued laminated timber. In order to verify the idea, the load by a hydraulic cylinder have been
applied on the timber samples, while the strains of optical sensors operating concurrently with the typical strain gauges
are being measured. The measured data from both: electrical and optical sensors are compared with an analytically
obtained data based on a knowledge of applied force. The measurement verified that optical fibre sensors embedded
between the wooden lamellae can work with relative error less than 10 %, if the analytical approach is taken as the
reference. Moreover, loading the samples at different temperatures in the climatic chamber verified that the effect of
environmental changes during the measurement can be well compensated by the two sensors operating contradictory. To
calculate strain of the optical sensor, the typical value of the strain-optic constant is used in the calculation. In the last part
of the paper, a Java application is described for continuous monitoring of load-bearing elements in the buildings. The
application evaluates measured spectrum given by fibre-optic sensors and consequently calculates mechanical strain.
Based on the evaluation, the application is able to trigger a warning or alarm.
KEYWORDS: Glued laminated timber, Fibre Bragg grating, Structure health monitoring.

1 INTRODUCTION 123
Wooden buildings are highly desirable for their energy
efficiency, fast construction and good price. However,
timber constructions are in general more harmful to
changes of environmental parameters than conventional
structures made from steel, brick or concrete. For
example, if a timber beam is exposed by relative humidity
exceeding 85 % during the specific time depending on the
wood type, the moisture content of the wood can be as
high as 20 % causing that the material can be infected by
mildew and pests. In addition, the timber delamination
may occur and consequently the load bearing capacity of
the timber is significantly reduced. Moreover, in extreme
cases a serious damage leading to disastrous
consequences can occur [1]. Not only natural forces can
cause damage of timber structures, but also improperly
performed actions such as hanging other structural
elements to the already completed constructions.
This makes a new opportunity to monitor building
elements that are mostly loaded. The monitoring is
especially important for large-span structures and
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buildings with flat roofing on which a large layer of snow
can cause a sudden overload of some of the bearing
elements. Monitoring the timber constructions is possible
using electrical or optical sensors embedded inside the
structures or mounted externally.
J. Wacker et al. [2] deals with optical sensors embedded
in a glued laminated timber. The authors describe
methods for gluing optical sensor on the surface of
wooden lamellae, especially with regard to their
protection from damage. On the other hand, T. H. Yang et
al. [3] deals with electrical sensors glued on the surface of
wooden lamellae. By using electrical strain gauges placed
in the central axis of each lamella, the modulus of
elasticity for various numbers of glued Japanese cedar
lamellae is evaluated.
Before the building monitoring, it is necessary to
analytically determine the limit of strain [4] calculated
based on the expected loads [5] and material
characteristics of wood [6].
The presented optical sensor system can provide
continuous monitoring of the structures with recording
and evaluation of data in real time or on demand. In a
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designed application, the measured strain is compared
with the limit values and the system alerts the
maintenance service, when they are exceeded. The
measured values can also be used to predict the lifetime
of the whole construction or as a recommendation for
future repairs and checks.
In this paper, the authors deal with evaluating the optical
fibre sensors, fibre Bragg gratings (FBGs), integrated to
the samples of a glue laminated timber. The results of the
FBG sensors were compared with an alternative
measuring method and analytical computational process.
Since, the optical sensors are sensitive on temperature, the
authors investigate the influence of change in temperature
on the measurement. The strain of the grating is calculated
based on the peak detection in the measured spectrum. A
Java application have been designed to process and
evaluate the measured data.

2 INVESTIGATION OF GLUED
LAYERS FOR OPTICAL FIBRES
As first, to check whether it is possible to glue an optical
fibre into the timber structure, the glued layers between
the lamellas were analysed using a microscope. For this
purpose, two sets of four samples from two different
producers of the glued laminated timbers were checked.
The microscope showed large variation of the width of the
glued layer from 26.22 µm to 178.73 µm. Since the optical
fibre has a typical diameter about 250 µm, the process of
gluing the fibres into the timber samples was investigated
to determine, if the fibre is damaged or not. Especially, a
critical part is the gluing of lamellae, which occurs under
the pressure of 1.2 MPa. The fibre without grating was
glued between two lamellae having 100x30x600 mm
dimensions. After, the fibre attenuation was measured in
the laboratory and finally the samples were transversely
cut and placed under a microscope. By measuring the
attenuation of fibres and displaying microstructure of
glued joints, as shown in Figure 1, it was verified that
during the gluing process the fibres are not damaged,
because they are pressed into the wood structure.

Figure 1: Optical fibre glued between the wooden lamellae.

3 MANUFACTURING OF SAMPLES
WITH FBG SENSORS
Based on these results, four samples of laminated timber
with embedded optical fibres having inscribed FBG
sensors were glued. Two FBG sensors were embedded
inside the each of the samples composed from four
wooden lamellae having dimensions of 80x15x1000 mm.
More specifically, one FBG sensor was confined between
two top and the another one between two bottom lamellae.
The wooden lamellae were glued together having the
fixed fibres on their surfaces. The fibres were inserted into
the prefabricated grooves with a depth of 1 mm and a
width of 2 mm, and subsequently fixed by small amount
of cyanoacrylate adhesive. These grooves allow easier
fixation of the fibres during their laying on wooden
lamellae and further to hold their positions during the
whole manufacturing process.

4 METHOD
4.1 PRINCIPLE OF THE SYSTEM
Mechanical strain of the loaded timber sample was
measured according to the block scheme, which is shown
in Figure 2.
Broadband laser source generates a laser beam which is
broadened through the circulator via optical fibres to the
sample under test with the FBG sensors. The beam is well
attenuated at the end by a cover of the connector. It should
be noticed that after the installation, the optical sensors
require no maintenance or calibration.
A superluminescent diode is used as the broadband laser
source. However, one can also use a semiconductor or rare
earth-doped fibre amplifier. The optical signal is then
represented as broadband “noise” with sufficiently high
power and broad spectrum. It is not necessary to keep the
input power or spectrum stable, due to the measured strain
that is encoded as reflected wavelength almost
independent on fluctuations of the input power level of the
spectrum.
Part of the pumped light spectrum is reflected back to the
circulator from the FBG sensors and then measured by a
spectrum analyser of an interrogator. The spectrum
analyser sends the spectrum to a personal computer,
where the peaks representing the wavelengths of each
FBG sensor are detected. A centroid detection algorithm
[7] is employed for this purpose. The shifts of the peaks
caused by strain are then evaluated in the personal
computer in order to calculate strain value.
In literature and as well as in practice, there are also other
ways to measure the reflected wavelengths. One of them
is to scan the spectrum using a tunable laser or an optical
filter and a subsequent detection of the power on the
photodiode. However, it is usually very difficult to build
the tunable laser or the filter in the optical band wider than
a few nanometers that limits the number of used FBG
sensors.
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Figure 2: Block scheme of the measuring set up.

The FBG sensors are tuned to different wavelength at least
by five nanometers, which is also required for other
applications, where multiple sensors operate in a row in
order that the ranges do not overlap. This ensures a safe
distance of the signals from each of the sensors even at
maximum possible load.
Mechanical strain ε can be determined from the measured
values of the reflected wavelengths according to equation
(1):
=

Δ
∙ (1 −

)

(1)

where λB is Bragg wavelength of the sensor inside the
unloaded sample, ΔλB is difference of the Bragg
wavelength before and after loading of the sample and ρe
is photoelastic coefficient dependent on effective
refractive index, Poisson's ratio and photo-elastic tensor
components. Considering the doped fibre by germanium
and Bragg wavelength of 1550 nm, photoelastic
coefficient is ~0.22 [8]. A more precise value of the
photoelastic coefficient can be determined by grating
simulations, which can be found in Ref. [9].
For the record and evaluation of data from FBG sensors,
an interrogator based on spectrum analysis and centroid
detection algorithm is used. The FBG sensors were
attached to the units by spliced pigtails with connectors
FC/APC. The sampling frequency at which the electrical
and optical sensors are measured is set to be 2 Hz. Data
recording is carried out using an application described in
Sec. 6.
4.2 FIBRE BRAGG GRATINGS
Fibre Bragg gratings are created inside a standard single
mode fibre broadly used in telecommunications due to the
photosensitivity of the germanium doped core Irreversible
and periodical change of the refractive index forming the
grating is created after application of ultraviolet radiation.
Such grating reflects only a narrow part of the spectrum
due to its periodicity that can be created passing the light
through a mask or by interference of two lasers.
Two fibre Bragg gratings were embedded into the each of
the four measured samples. The reflecting wavelengths

are linearly distributed in the spectral range from 1515 nm
to 1575 nm.
Applying the force on the sample, the grating period
changes according to the sample that is strained.
Consequently, the change of a wavelength, which is
reflected by the grating occurs according to the grating
period that is compressed or expanded. More specifically,
the period of the top FBG sensor is compressed, while the
period of the opposite bottom sensor is expanded, as
expected. It should be noticed that reflected wavelength
changes not only via the grating period but also by strain
optic effect [10].
The opposite regime of operation can be as an advantage
used for the compensation of environmental changes
represented as a change in temperature or in humidity that
influences the measurement. It is therefore, in the both
increase in temperature and humidity expands the period
of all FBG sensors. Thus, evaluating the difference
between the top and bottom FBG sensor can be suitable
for the compensation if greater change in temperature and
humidity is expected during the measurement.
4.3 STRAIN GAUGES
The FBG sensors were compared with typical electrical
strain gauges, which measure mechanical strain through
their deformation. High mechanical resistance and a
resolution up to several tens of micrometers was the
reason of their choice. The principle of the strain gauge is
based on the piezoresistive effect, where the deformation
of the conductive pattern is caused by mechanical stress
changing electrical resistivity that is measured. The
electrical resistivity increases under tensile stress and
decreases under compressive stress. Two resistive strain
gauges HBM 1-LY11-10 / 350 were used to measure each
sample.
The strain gauges were embedded like the optical fibres
to the glued layers, as shown in Figure 3. They were glued
by adhesive HBM X60 on the surface of individual
wooden lamellae before they were glued together. The
supply wires are fixed by adhesive with strain gauges to
prevent short-circuiting during subsequent handling,
Figure 3. Special grooves were created for supply wires,
so that the soldered joints were not mechanically stressed.
The mechanical stress of soldered joints could affect the
measurement and cause their damage. The wires were
fixed at certain points by cyanoacrylate adhesive for their
sufficient connection in the rest of the groove. The strain
gauges were placed at a distance of 100 mm from the
optical sensors in order to avoid their mutual interference
during the measurement. Determination of the strain εR
using resistive strain gauge is given by equation (2):
−
(2)
∙
where R is measured resistance of the strain gauge after
loading, R0 is initial resistance and k is deformation
sensitivity (k = 2.05 ± 1.0 %).
=

WCTE 2016 e-book | 5111

knowledge of the force applied is necessary to analytically
determine the strain. The values of the strain measured by
fibre Bragg gratings, equation (1), and strain gauges,
equation (2) were subsequently compared with the strain
obtained by the analytical calculation method in equation
(4).

Figure 3: Strain gauge integration. At the middle of the
lamella, the optical fibre is fixed into the groove.

4.4 ANALYTICAL METHOD
In general, the theory of linear elastic material and the
following normal stress σx dependence on strain εx, may
be considered for determination of strain in the place of
interest of the examined wood sample, as shown in
equation (3):
=

Figure 4: Experimental set up of flexural bending test.

(3)

where E is Young modulus determined by evaluating the
dependence of increasing deformation to an applied force
[11]. The strain in the glued gap can be then determined
from equation (4):
1
∙
∙
8
(4)
=
1
∙
∙ ∙
12
where F is force applied on the beam, a is distance
between the applied force and the beam support, mvz
represents sample weight, L is span of the sample, z is
distance from the cross section centre of gravity to glued
gap with embedded sensors, b is sample width and h is
sample height.
∙

Figure 5: Increasing force as a function of the strain, where
the force is increasing. The FBG sensors are considered

5 RESULTS
To verify the functionality of the proposed system, the
samples of timber beams with embedded sensors were
subjected to the four-point flexural test, to the cyclic
loading and to mechanical loading upon varied
temperature.
5.1 FLEXURAL BENDING TEST
The loading procedure, see Figure 4, was chosen to
determine the modulus of elasticity necessary for an
analytical calculation of the strain. The procedure is
according to that in Ref. [11]. The samples were loaded to
achieve 40 % of the estimated maximum. After
stabilization of the load, (the load is kept constant for few
seconds), applied force was decreasing to its zero value.
During the measurement, the reflected wavelength by the
top and bottom FBG sensors, the resistance of the strain
gauges and the applied force were recorded. The

Figure 6: Decreasing force as a function of the strain, where
the force is decreasing. The FBG sensors are considered.
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Figure 7: Increasing force as a function of the strain, where
the force is increasing. The strain gauges are considered.

Figure 9: Relative error of the measured values for increasing
applied force.

Figure 8: Decreasing force as a function of the strain, where
the force is increasing. The strain gauges are considered.

Figure 10: Relative error of the measured values for
decreasing applied force.

In Figure 5–8, the measured and calculated strains are
plotted as a function of the applied force for one of the
examined samples. It can be stated that for the increasing
force the analytical approach agrees well with the
measured values by optical fibres, Figure 5. For the force
decreasing, Figure 6, the observed deviations from the
calculated values are greater. This can be caused by
irreversible deformations that arose during the sample
loading. Similar regime of operation can be observed for
measurement using resistance strain gauges, Figure 7 and
8. However, the strain gauge placed between the two top
lamellae lead to significantly greater error than the strain
gauge placed between the two bottom lamellae. In order
to evaluate inaccuracy, the relative error of the measured
values for optical sensors, strain gauges and for
compensated signal is plotted in Figure 9 and 10, where
the analytical approach is considered as the reference.
The evaluation of the two FBG sensors (its measured
difference) can be used for significant decreasing of the
system error, Figure 9. There are two concurrently
operating sensors that both measure the same strain,
therefore the difference is able to compensate temperature
or humidity influences.

The FBG sensors indicates for increasing force a small
relative error of measurement, especially for their
difference that suffers the relative error less than 5 %.
Figure 5 and 6 show that the measurement of strain using
the FBG sensor has a better match with the calculated
values than the measurement using strain gauges, Figure
7 and 8. Measured values of the top strain gauge show an
error larger than 40 %. For this reason, the plot of the
curve is not shown for better clarity in Figure 9. For the
same reason, the compensation through two concurrently
working strain gauges is not evaluated. The relative error
of the measurement for decreasing force is up to 20 %
comparing with the analytically obtained values.
One of the samples was subsequently loaded until failure
to find if there is any limit for the optical sensor. At the
moment of failure, the timber sample was stressed by
strain ~2.5·10-3 at the sensor location. It means the fibre
extension of 2.5 mm per one meter of length.
Manufacturer declares the maximum strain of the FBG
sensor is up to 1·10-2. Therefore, it can be said that the
optical fibre is not broken earlier before the wooden beam
being monitored.
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5.2 CYCLIC LOADING
The samples were subjected to further series of tests to
verify the behaviour of the FBG sensors under repeated
loading and unloading. A range from 0 % to 60 % of the
estimated maximum bearing capacity was used for the
test. The maximal value is higher by 20 % than in the
previous tests.
Since the unloading the samples suffers the high
measurement error, the goal of the cycling loading is to
repeat the measurement within the certain interval to
determine, whether the error during unloading the sample
is increasing or not.
In Figure 11, one can see that zero strain is not measured
after the first 5 periods, when is expected to be equal to
zero. The sample is fully unloaded, but small load is still
measured. Similarly, this effect can be observed at the end
of the measurement.
The offset is observed and probably caused by imperfect
elasticity of wood or adhesive at the location of the FBG
sensor. More specifically, the permanent deformation of
the samples occurs and is detected after removal of the
load. Therefore, the higher error is measured for
unloading.

Figure 12: The detected strain of the sample at different
temperatures and zero load.

Figure 13: The mechanical loading of the sample at different
temperatures considering the compensation.
Figure 11: Cyclic loading of the sample.

5.3 TEMPERATURE EFFECT
One of the samples with FBG sensors was tested in the
climatic chamber within the temperature range from -20
to 50 ºC to verify the possibility of the compensation by
two simultaneously operating sensors. Moreover, a notembedded FBG sensor operating at the wavelength of
~1530 nm was placed into the climatic chamber together
with the timber samples equipped by optical sensors.
In Figure 12, it can be seen that the compensation of the
temperature would be necessary. The false strain can be
detected by an interrogator if the temperature changes are
not negligible.
As expected, the strain increases linearly with temperature
for not-embedded FBG sensor. However, within the
temperature range from -20 to 10 ºC, the embedded
sensors detect different strain than the not-embedded.
This can be caused by a change in the wood property at
temperatures below the freezing point. The slope for
higher temperatures is then nearly linear.

For each temperature set, the samples were put into a
climate chamber for more than 12 hours to ensure that
constant and same temperature is presented over the entire
volume of the sample. The reflected wavelengths were
measured in the chamber for the whole process of the
temperature change. When the measured values of
wavelengths started to oscillate around a certain value, it
can be considered that the temperature is constant inside
the whole sample.
It can be observed in Figure 12, that if the timber sample
is exposed to the temperature change of 70 ºC, the false
strain of about 25 % of the maximal value is detected. In
the real monitoring, this may lead to the false alarms.
To prevent this, the idea of the compensation by 2
concurrently operating sensors is a subject for further
investigation. Therefore, the samples were loaded using a
load test bench at different temperatures. The strain is
calculated considering two simultaneously operating
gratings. The measurement results shown in Figure 13
confirmed the idea that compensation of temperature
changes acting on the beam is possible.

WCTE 2016 e-book | 5114

6 JAVA APPLICATION FOR
MONITORING OF TIMBER BEAMS
A Java application for monitoring of wooden buildings
has been developed. The application is designed to
process the data from spectrum analyser and to evaluate
strain of the glued laminated timber with embedded
optical sensors. The goal is to integrate the sensors in the
most loaded timber beams in a building.
In order to test the application, the timber samples were
used as well as a test bench that is able to apply load on
the sample. The application runs on a typical personal
computer, where communicates with spectrum analyser,
detects reflected wavelengths and calculates strain.
As well as in the measurement in the previous sections of
the paper, the centroid detection algorithm described in
Ref. [7] is implemented. The algorithm significantly
improves the performance of the system. The resolution
of the spectrum analyser is about 0.2 nm that is not high
for the application. However, using the algorithm, the
shifts about 2 pm can be well detected [12].
The shift of the peak is given by strain acting on the
sensor. The resolution of the strain measurement is lower
than 2·10-7.
The program runs as a web application formed by a Java
servlet. A user or an administrator can be connected to the
application and control it using the internet connection by
for example WiFi or twisted pairs.

Figure 14: Java application window.

Before the measurement, the application reads the values
from the calibration and configuration file as first and then
communicates with spectrum analyser.
In the calibration file, the pixels of the charged-coupled
device chip are assigned to the wavelengths. On the other
hand, the configuration file includes the number of the
measured points, threshold above which the peaks are
searched, and sensitivity settings for spectrum analyser.
If no configuration file is presented, the program is able
to configure the file automatically.
The program plots the spectrum as shown in Figure 14 by
pressing button „Get Spectrum“, and by clicking on “Find
Peaks” the program evaluates the reflected wavelengths
by the algorithm. These wavelengths can be saved as the
reference used for the strain calculation. The next
measured wavelengths are subsequently converted to
fibre strains, if the monitoring is started.
Exceeding the maximal strain that is carefully determined
by a structural engineer, the application sends an SMS and
email to a person responsible for the maintenance service.
The measured data are continuously saved into a .csv
(comma-separated values) file.
The application is able to measure more than 20 points of
interests and also to consider temperature compensation
by two concurrently operating sensors. The history of the
measured data can be downloaded or depicted directly
inside the application.
The application window is shown in Figure 14.
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7 CONCLUSION
A possibility to integrate the optical fibre sensors inside
the glue laminated timber is described in this paper. The
measurement of the strain performed in the laboratory
proved that the proposed system can operate with the
relative error less than 10 % if the analytical approach is
taken as the reference. However, for decreasing load, the
relative errors were higher probably due to the permanent
deformation of the sample caused by initial load.
Moreover, by using the two concurrently operating
sensors, the measurement can be significantly improved,
due to the compensation of varying temperature as well as
humidity effects.
The authors predict that the optical sensors can monitor
strains in specific parts of a construction.
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PRELIMINARY DESIGN OF A NOVEL HYBRID TALL BUILDING WITH
CONCRETE FRAME-TUBE AND LIGHT WOOD BOXES
Haibei Xiong1, Lu Ouyang2, Ying Wu3, , Sicen Lu4
ABSTRACT: In order to relieve environmental problems and develop wooden structure in China, a novel hybrid tall
building with concrete frame-tube and light wood boxes was put forward with consideration of height restriction of
wooden building and realistic situation of wood industry in China. Preliminary design and analysis of three numerical
models (the gravity model, rigidity model, and seismic isolation model) of a 30-storey office building is studied to
analyse the hybrid structure system’s feasibility and mechanical properties. The rigidity model that substructures are
connected with the concrete fame-tube by bolts shows that the lateral stiffness contribution of the substructures to the
whole building reaches about 40%. Isolated model that the substructures are connected with the concrete fame-tube
through rubber bearing indicates that the seismic response would decrease a lot compared with the rigidity model,
including both the concrete fame-tube and the substructures, with decreases of the top floor’s peak acceleration of
48.90% and 33.33%, respectively. In addition, there is a relative horizontal slip of about 10mm between the
substructure’s bottom and the concrete floor, which should be carefully considered in design. From eight environmental
indicators, the hybrid structure has a 34% ~ 63% reduction on environmental impact compared to concrete structure
during whole life cycle.

KEYWORDS: Timber-concrete hybrid structure, Tall wood building, Light wood box, Seismic performance, Life
cycle analysis

1 BACKGROUND 123
Attributing to its renewable, energy-saving, sustainable
and eco-friendly behaviour, light wood construction is
widely used in North America to build single-houses and
public multi-story buildings. With the development of
technology, Canadian Building Code permits the highest
stories is six. Meanwhile, only three stories are permitted
based on Chinese Code for Timber Structures.
In order to make use of wood to build tall buildings,
Cross-Laminated Timber (CLT) are developed and
applied quickly. Researches on structural system, CLT
mechanics and connection performances are in progress.
Several tall wood buildings have been established, such
as Murray Grove of eight stories in London (2009), Forte
in Melbourne of ten stories (2012), and TREET of
fourteen stories in Bergen (2015)[1]. But, the height of
pure massive CLT building is still limited around 30m.
Hence, some hybrid structural system is proposed to
realize much more height. Austria has formally
announced to build a 24-storey wood complex-building
1
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(named HoHo) in July this year, which is expected to be
completed in 2018[2]. Moreover, a 42-storey apartment
was designed by SOM Company, and was given the
priority to construct in Chicago with CLT shear walls
and tubes by concrete connection [3]. Norway gives out
the preliminary design for an expanding project, in
which, a tall concrete frame office building (named
BG14) will be expanded in plan by using of CLT and
Glulam timber structure to reach targets of zero carbon
dioxide emission and energy save[4]. Smith[5] posed his
hybrid tall building with a concrete tube and every four
floors separated by concrete slab in view of architecture.
And van de Kuilen.[6] provided another hybrid concretewood structural system about use of tensile bars
integrated in CLT walls in combination with a concrete
tube and outriggers, yet are still in the architectural
concept design phase.
In China, with the increasing population of metropolitan,
super high-rise buildings are indeed needed for people's
living and working. Nowadays, it is difficult to use
massive wood (CLT) to construct tall buildings due to
the lack of wood supply. Therefore, due to high level
technology for constructing hybrid concrete skyscrapers,
a creative idea for a super tall building structural system
is presented in this paper to achieve a good balance for
people's living quality and nature protection.
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2 INTRODUCTION TO THE HYBRID
STRUCTURE
2.1 ACHITECTURE FEATURES
The novel super tall building is a hybrid structure. It is
composed of a concrete frame-tube as main structure,
inserted with wood substructures, which can be wood
frame construction, post and beam system or CLT wall
structure. (Figure1 and Figure 2). The main structure,
just like a skeleton, supports the general weight and
resists wind load or earthquake loads. The substructure
can be a modular, or can be one of optimal modular for
people's daily activities. Thanks to the main structural
support, a versatile and flexible layout and space of
substructure can be designed to meet the multiple
function requirements. For example, the tall hybrid
building can be used as an office building or residential
building. The three-storey high space can also be used as
a sky garden to build nature surrounding atmosphere.

Wood-concrete
Hybrid structure

Concrete frame-tube
Main structure

Wood box
Substructure

Figure 1: The novel tall wood-concrete hybrid structure

Figure 2: Architectural renderings of the hybrid structure

For fireproof performance, in every three-storey, wood
module can use gypsum board or charring layer to
achieve fire resistance. Between every three-storey, the
concrete slabs can be a non-combustible layer creating
separated zones along the vertical direction. Meanwhile,
concrete tube provides a safety path for evacuation.
Cooperating with the sparkling system and smoke alarm
system, this design can meet the restrict fire safety
requirement.
For floor vibration and sound isolation, water-proof and
moisture protection, a series of methods and technology
using for low-rise wood frame construction can be
referenced in this hybrid system.

In addition, it has benefits of comfort, environmental
protection, energy conservation, compared with concrete
or steel structures.
2.2 STRUCTURAL SYSTEM
From a structural performance point of view, the main
structure of concrete frame-tube provides general
vertical bearing capacity and lateral resistance to wind
and earthquake. The system not only has a concrete tube,
but also has perimeter columns which can provide large
enough torsion stiffness and overturning moment
resistant than only tube system. Every concrete slab with
clear height of around 10m can contain a layer of threestorey wood boxes. The clear height for column is more
reasonable and efficient than four or more storey height.
Meanwhile, the substructure is a self-bearing system to
bear a total of three floors’ dead load and live load.
Because timber used to substitute concrete, weight of
this hybrid system can be reduced by 50% comparing
with pure concrete structure. And it results to nearly 50%
inertia force decrease when earthquake shake it. Hence,
the earthquake action, the base shear force, the
overturning moment, as long as the horizontal
displacement and drift ration will decrease in general.
Besides, modular construction which refers to timber
box can be manufactured in factories and installed
mechanically, which can save construction time.

3 PRELIMINARY STRUCTURAL
DESIGN
3.1 ELEMENTS AND MATERIALS
In order to check the feasibility of this novel system, a
preliminary design is performed based on a typical super
tall office building, shown as Figure 3(a). The basement
and foundation are made of concrete. Perimeter columns,
inner tube and slab spacing every three stories are all
made of concrete (C40 for walls, columns and beams,
C30 for slabs). Section sizes of concrete columns and
thickness of tube wall are listed in Table 1. All section of
frame beams and secondary beams are 250mm by
700mm and 200mm by 500mm, respectively. And all
concrete slab are 120mm in thickness. In each threestorey space, modulus boxes are wood frame
construction which made of SPF dimensional lumber as
studs and joists, OSB as wall panels and floor panels
connected by nails. In order to decrease the floor
vibration, light concrete topping of 40mm thickness are
laid on the wooden floor, shown as Figure 3(b).
As for mechanical properties of the hybrid structure, the
concrete frame-tube (the main structure) provides the
mainly vertical and horizontal bearing capability. At the
same time, wood boxes which connected to concrete
main structures with bolts which contribute lateral
stiffness to general structure in different degree. If it is
connected with seismic base isolation, the general
response will be much different with bolt connection.
Three assumptions with name as three kinds of models
Gravity Model (GM), Rigidity Model (RM) and Isolated
Model (IM) are calculated by finite element analysis

700

Wood box

Vertical bolt Ⅰ

Concrete beam

Wood box

Wood box

Vertical load of
substructure

Vertical bolt II

(a) Gravity model

2900
2900
9400

Wood box

(b) Rigidity model

Rubber bearing

2900

Horizontal bolt

Wood box
2900
9400

9400

Concrete column

2900

12000
8000

Wood box

2600 2700 2700 2400 2400 2400 2400 2400 2700 2700 2600

8000

2900

method by means of SAP2000 software, which listed in
Table 2 and shown in Figure 4.

700
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(c)Isolation model

Figure 4: Elevation sketch of three models
2600 2700 2700 2400 2400 2400 2400 2400 2700 2700 2600
8000

12000

8000

3.2 GRAVITY MODEL

（a）Layout of Concrete Frame-tube

Although wood boxes are connected to main concrete
frame by bolts, the connection contribution is neglected
for simplification in the GM. Hence, only vertical live
loads and dead loads are considered act on concrete slabs
without any lateral stiffness contribution of substructures
to whole building (Fig.4(a)). After calculation, basic
dynamic characteristic are shown in Table 3. In addition,
the calculated period ratio, effective mass coefficient,
rigidity ratio, the ratio of rigidity-to-gravity, inter story
drift, shear-weight ratio, axial compression ratio, etc.,
can meet the requirements according to current building
codes of China, which proves the feasibility of the novel
hybrid structure.
Table 3: Basic dynamic characteristics

（b）Layout of Light wood boxes
Figure 3: Plane layout of the hybrid structure

Mode

Table 1: Sections of concrete wall and columns (unit: mm)
Floor
28~30F
31~27F
4~30F
1F

Core tube
outer
inner
300
250
300
250
300
250
300
250

Frame
column
600×600
800×800
1000×1000
1200×1200

Natural frequency
(Hz)
0.36
0.41
0.44
1.41
1.45
1.59
2.86
3.13
3.57

Mode-shape
Direction
Y axis
X axis
Torsion
Y axis
Torsion
X axis
Torsion
Y axis
X axis

3.3 RIGIDITY MODEL

Table 2: Three numerical models
Model
name

1
2
3
4
5
6
7
8
9

Period
(s)
2.75
2.45
2.29
0.71
0.69
0.63
0.35
0.32
0.28

Description

Sketch

GM:
Gravity
model
RM:
Rigidity
model

Light wood substructures are simplified
as only vertical loads distributed on the
concrete beams of the main structure.

Fig.4(a)

Light wood substructures are connected
with the main structure with bolts.

Fig.4(b)

IM:
Isolated
model

Light wood substructures are connected
with the main structure with rubber
bearings.

Fig.4(c)

In the RM, bolt connection is concerned with its spring
stiffness, and wood framed shear walls and floors are all
considered their lateral stiffness. In this project, wood
framed shear walls are simplified as an equivalent truss
model[4], shown in Figure 5. The axial stiffness of
diagonal linear springs of the wall 12m×2.9m and the
wall 8m×2.9m are 25.82kN/mm and 12.28kN/mm
respectively according to the Technical Specification for
Wood Frame Construction (DG/TJ08-2059-2009)[5].
Meanwhile, wood floors are using same simplified
method as a couple of spring[5], with value of
20.91kN/mm and 10.47kN/mm for diaphragm 12m×8m
and 8m×8m, respectively.
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a

u
a
Fd

F
Fd

ud

GM. For inter-story drift ratio, the RM is close to the
GM under the 9th floor, and distinctly lower than the GM
above the 9th floor. In the substructure, the inter-story
drift ratio of the middle story is the maximum, because
the vertical bolts on the bottoms of the substructures
provide more constraint.
Table 5: Stiffness contribution of substructures

Figure 5: Simplified model of light wood shear wall

In the RM, bolts are assumed as linear springs between
wood shear walls and concrete elements (Fig.4(b)). The
bolt’s shear stiffness parallel to the grain and
perpendicular to the grain of dimension lumber are
considered as 1.9kN/mm and 0.4kN/mm, respectively
according to the load-displacement curve of bolt
connection test[8], for the “vertical boltⅠ” , “vertical
bolt II” and the “Horizontal bolt” .

Earthquake
direction
X DIR
Y DIR

GM
period
(s)

RM
period
(s)

Stiffness
increase
ratio

2.30
2.42

1.79
1.89

64.64%
65.45%

Substructure
Stiffness
contribution
39.26%
39.56%

The dynamic characteristics of the top nine modes of
RM are listed in Table 4, and the representative mode
shapes are presented in Fig.6 with the deformation of
shear-flexural type.
Table 4: Vibration properties of top three modes of the Rigidity
Model
Mode
1

Period
(s)
1.89

Natural frequency
(Hz)
0.53

Mode-shape
Direction
Y axis

2

1.79

0.56

X axis

3

1.63

0.61

Torsion

4

0.57

1.75

Y axis

5

0.53

1.89

Torsion

6

0.52

1.92

X axis

7

0.29

3.45

Torsion

8

0.28

3.57

Y axis

9

0.25

4

X axis

Figure 7: Floor displacement under earthquake action

Figure 8: Inter story drift under earthquake action

3.4 ISOLATION MODEL

（a）Mode 1

（b）Mode 4

（c）Mode 7

Figure 6: Representative mode shapes

On the condition of having the same mass, general
stiffness contribution of substructure is calculated, which
is about 40%, shown in Table 5. As shown in Fig.7~8,
the displacement of the RM is smaller than the GM
model at the same height of a building, and its top floor’s
displacement decreases about 24%, compared with the

In the IM, the substructures are connected with the main
structure’s concrete beam with seismic base isolation,
which makes each wood box performance like tuned
mass damper (TMD)[9] when building under earthquake
shock. Elastic time-history dynamic analysis of the IM is
studied and compared with the RM. Plan arrangement of
rubber bearing is shown in Figure 9. In finite element
analysis model, the seismic base isolation is simulated
by a “rubber bearing” element in SAP2000, which has
infinite axial rigidity, and horizontal shear rigidity of
0.5kN/mm in both X and Y directions.

12000
8000

Table 6: Vibration properties of top three modes of the
Isolation Model

2600 2700 2700 2400 2400 2400 2400 2400 2700 2700 2600

8000
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Mode

2600 2700 2700 2400 2400 2400 2400 2400 2700 2700 2600
8000

12000

8000

Figure 9: Plan of rubber bearing arrangement

1
2
3
4
5
6
7
8
9

Period
(s)

Natural frequency
(Hz)

Mode-shape
Direction

1.87
1.48
1.07
0.89
0.89
0.87
0.87
0.83
0.83

0.53
0.67
0.94
1.12
1.13
1.15
1.15
1.21
1.21

X axis
Y axis
Torsion
Sub-Torsion
Sub-Torsion
Sub-X axis
Sub-X axis
Sub-Y axis
Sub-Y axis

The dynamic characteristics of the top nine modes of IM
are listed in Table 6, and the representative mode shapes
are presented in Figure 10.
Seismic records chooses Shanghai artificial earthquake
record, SHW3 wave, excited in X direction, with peak
value of 0.35 m/s2, duration of 30s, step size of 0.01s,
and structural damping of 0.05 (Figure 11). The timehistory response curves of IM and the RM, including top
floor’s displacement and acceleration of the main
structure, base shear, base overturning moment, and top
floor’s acceleration of the substructure, are compared in
Fig.11~Fig.16, and their peak values are compared in
Table 7.

（a）Mode 1

（b）Mode 4

（c）Mode 7

Figure 10: Representative mode shapes of main and
substructure

Figure 11: Seismic records of SHW3 wave

Figure 14: Comparison of displacement of the top floor

Figure 12: Comparison of acceleration of the top floor

Figure 15: Comparison of base shear
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Figure 13: Comparison of acceleration of substructure’s top
floor

Figure 16: Comparison of base overturning moment

Table 7: Comparison of elastic dynamic analysis at roof floor

Peak displacement (mm)
Peak acceleration (m/s2)
Base shear force (×103kN)
Base overturning moment (×108 kNm)

Rigidity model
59.8
1.37
6.60
3.61

The Table 6 shows that the seismic response of IM is
much reduced compared with the RM. Specifically, the
time-history response’s peak values of the top floor’s
displacement and acceleration of the main structure are
reduce by 15.16% and 48.90%, respectively. While, the
peak values of base shear and overturning moment are
reduced by 6.47% and 13.75%, respectively. The seismic
response of the main structure of IM is much lower than
RM mostly because of the effects of the substructures,
which plays a role of large-scale inter floor TMD. Under
the earthquake, direction of inertia force of substructures
would be opposite to the main structure, and
consequently counteract and weaken the seismic
response of the main structure. In addition, the seismic
response of substructures is also much reduced, because
of the seismic isolation effect of the rubber bearing
connected only through rubber bearings between the
bottom of the substructures and the concrete floor below,
the inter-story drift of the substructures are much lower
than 1/250, which shows that the substructures have

Isolation model
50.8
0.7
6.17
3.11

Decrease ratio (IM/RM)
15.16%
48.9%
6.47%
13.75%

good integrity as “wood box”. Through shear
deformation, seismic energy is dissipated and saved by
rubber bearings, and at the same time, it creates relative
slip of only about 10mm between the substructure and
the concrete floor. As a result, when sufficient width of
the gap is reserved, base isolation is an excellent
connection between the substructures and the main
structure in view of earthquake mitigation.

4 SUSTAINBILITY
Wood is a renewable and eco-friendly material, and is a
good thermal insulation material. Therefore, it can
effectively reduce buildings’ energy consumption in the
service stage when compared to concrete, masonry, and
steel structures. Life cycle assessment (LCA) is a
method of objectively evaluating products, procedures,
or environmental load of activity during the whole life
cycle. Through identifying and quantifying use and
discharge of all of substance and power, this method can
evaluate the corresponding environmental impact[10].

Table 8：Environmental Impact Indicators of Structures
Environmen
tal indicator

Energy
consumption

Use of
material
resource
(ton)
20322

Greenhouse
effect

Acidification
(moles
H +)
1435525

Human
respiratory
health
(kg PM2.5)
17703

Water
eutrophication

Ozone
loss
(mg
CFC-11)
6536

effect of
photochemi
cal smog
( kg NOx)
14765

(MJ)
(t CO2)
(g N)
Hybrid
79173198
4546
1343875
structure
Concrete
131336865
40156
9845
2932993
26877
2816489
17692
25696
structure
Decrement
39.72%
49.39%
53.82%
51.06%
34.13%
52.29%
63.06%
42.54%
Footnote：Athena inventory is used for the underlying structures in North America. Therefore, transportation of wood and pumping
of concrete in tall buildings are not considered in this table
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5 CONCLUSIONS
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STRENGTH CLASSES FOR BRA ILIAN REPRESENTATIVE SPECIES
L onardo Mar olin1 and Carlito Calil Junior2
ABSTRACT: This study aims to propose strength classes for mechanical properties of hardwood species for the
Brazilian code for timber. In order to define these classes, four properties of two of the recently most grown species in
Brazil for structural use were utilized on tests carried out at the Wood and Timber Structures Laboratory (LaMEM) of
São Carlos University of Engineering. The properties used to evaluate these classes were: bending modulus of
elasticity, bending strength, parallel compression strength and shear strength. The sample from each species was of 39
specimens for ucalyptus rogran is (AMARU) and 60 for ectona ran is (Teca). Through the statistical analysis of
these species properties, determined characteristic and mean values, the three strength classes defined showed a
satisfactory behaviour.
KEYWORDS: Timber, Mechanical Properties, Strength Class, Brazilian Code.

1 INTRODUCTION 123
Wood is largely influenced from a great number of
variables since it is a material which is extracted from an
organic system. I.e., the same species, grown at different
sites could display a large disparity in its material
properties.
In order to simplify the use of timber, strength classes
were created. This facilitation would be in the sense, that
one wanting to use a certain species, a mechanical
characterization should be conducted. If this specie was
already sufficiently studied, a reduced number of tests
would be necessary to estimate its mechanical properties.
This concept has been used for a relatively long time in
countries like United States of America, of Europe,
among others.
The Brazilian code [1] adopted a similar approach.
Although, some of these parameters are been revaluated,
so that it could better portray the wood species used in
the present time.
This was due the recent change in the timber and wood
industry in Brazil. Some years ago, the material was
mostly derived from tropical species, which were
restricted.
With the increase of the use of the material, a well
calibrated method should be considered, regarding those
changes of species in the industry. This is thought in a
way to increase the accuracy to estimate the timber and
wood properties.

1

Leonardo Araújo Marcolin, São Carlos School of
Engineering, University of São Paulo, Department of Structural
Engineering, Brazil, eng.marcolin@gmail.com;
2 Carlito Calil Junior, University of São Paulo, Brazil,
calil@sc.usp.br.

Through the determination of some of the most
important properties for the timber structural design, the
mechanical properties of two of the widely grown
species in Brazil were estimated. With this data, the
already existing strength classes in Brazilian code were
revaluated, along with the ones used in [2]. The results
were compared, analysing a better proposal for the
division of the classes.

2 METHODOLOGY
Two of the widely grown species in Brazil were chosen
for this study. They are as follow:
ucalyptus
rogran is (AMARU) and ectona ran is (Teca) as
shown at Figure 1 and 2. These species were grown by
different industries and so, different locations.

Figure 1: im er sample o

ectona ran is
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it would drastically drop due to rupture as shown at
Figure 3, recording the maximum value.

Figure 2: im er sample o

ucalyptus rogran is

The sample of Teca timber had rectangular cross section
with geometry variation of the wide and thin edge of,
respectively, 150-170 mm and 70-150 mm. The
AMARU sample was of round lathed pieces with 130
mm of nominal diameter. The length range of the
specimens were of 2,3 to 2,8 meters for Teca and 2,2 to
2,5 meters to AMARU.
Both samples were kept in storage for a long time so that
the moisture content was steady, according to the
reference conditions, in this case, 12%.
The parameters used to determine which of the wood
properties would be necessary were based on the
structural use of the wood. The properties evaluated
were: bending modulus of elasticity (E m), bending
strength (fm), compression strength parallel to the fiber
(fc0) and shear strength parallel to the fiber (f v). For these
tests, the Brazilian Code for timber structures [1] was
used with necessary adjustments.
2.1 MECHANICAL CHARACTERI ATION
All of the tests were carried out at Wood and Timber
Structures Laboratory (LaMEM) of São Carlos
University of Engineering.
The amount of specimens used in this study was of 39 of
AMARU and 60 of Teca.
2.1.1 B ndin Pro

rti s

The bending modulus of elasticity (MOE) and bending
strength (MOR) were conducted with a 3-point system.
For the control of the load, a dynamometer ring (ELE)
coupled with a hydraulic jack was used. The readings for
each increment were read using a dial indicator
(Mitutoyo) right below the application point of the load,
at middle span.
This method was adapted from the Brazilian Code [1],
which is a 3-point system, for clear specimen.
Bending modulus of elasticity was determined by the
evaluation of the linear behaviour of the displacement of
the beam by the applied force, using Equation 1. Which
was possible through the analysis of the graphic made
with those two variables, for each specimen.
Right after the measurements using the dial indicator
were enough to calculate the modulus of elasticity, this
equipment was removed from under the beam and then it
would be continued to apply force on the specimen until

Figure 3: Rupture o the specimen at knot area in en ing
strength test or eca

𝑀𝑂𝐸 =

(𝐹𝑀,50% − 𝐹𝑀,10% )𝐿³
48 𝐼 (𝑉50% − 𝑉10% )

(1)

𝑀𝑚𝑎𝑥
𝑊𝑒

(2)

𝑀𝑂𝑅 =

where 𝐹𝑀,50% = the load value for 50% of the rupture
value, or the upper limit value of the load for the linear
region, 𝐹𝑀,10% = the load value for 10% of the rupture
value, or the lower limit value of the load for the linear
region, 𝐿 = span length, 𝐼 = moment of inertia of the
piece, 𝑉50% = the displacement value for 50% of the
rupture value, or the upper limit value of the load for the
linear region, 𝑉10% .= the displacement value for 10% of
the rupture value, or the upper limit value of the load for
the linear region, 𝑀𝑚𝑎𝑥 = value of the maximum
momentum calculated using the load of rupture and 𝑊𝑒 =
elastic section modulus of the specimen.
2.1.2 Com r ssion Str n th Parall l to th Fi

r

For the compression strength parallel to the fiber (fc0),
specimens of a cross section of the pieces used in the
bending tests were made (Figure 4). The height of the
specimens were of 150 mm, which is related to the
Brazilian Code [1], although with different values for
cross section specified for clear specimens.
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Figure 6: Rupture o the specimen in shear strength test or
eca

Figure 4: Compression parallel to the i er specimens o

eca

The tests were carried out applying the load using a
universal machine (ASMLER) until it would drastically
drop, recording the maximum value. The strength value
for this property was calculated by the recorded value
divided by the area of the cross section of the specimen.
2.1.3 Sh ar Str n th Parall l to th Fi

r

The shear strength (fv) test was carried out using
specimens made from a cross section of the pieces from
previously performed bending tests, carved with an
incision (Figure 5 and 6). The load was applied using a
universal machine (AMSLER) in the carved area. A
specific support was used to induce the fracture to
happen in a specific area (Figure 4).
The height of the specimens were of 150 mm, with an
incision of 30 mm of thickness and width varying
accordingly with the pieces. AMARU sample had the
surface flattened due to equipment size limitations.

Figure 5: hear test arrangement or

R specimen

The tests were carried out applying the load using a
universal machine (ASMLER) until it would drastically
drop, recording the maximum value. The strength value
for this property was calculated by the recorded value
divided by the area of the estimated fractured surface of
the specimen, calculated by the height of the sample
multiplied by the width.
2.2 STATISTICAL ANALYSIS
Since the data chosen is made of two species, firstly an
analysis of the influence of each data set on the whole
will be done. This will be possible through the use of
boxplot for each property determined. Which is a
graphical display of the quartiles (first and third),
whiskers illustrating the variability of the sample (1,5
times the Interquartile Range - IQR), median value and
outliers that are points showing values greater than the
defined limits.
For the statistical analysis of the data, free software R
was deemed appropriate for this study. It’s a widely used
program in the statistical area which is constantly
upgraded by researchers.
2.2.1 E aluation o th Data Distri ution
Before the determination of the representative values of
the properties, an analysis using statistical inference is
pertinent. This was found useful knowing that the
prediction of the 5th percentile should be compared with
the behaviour of the sample.
Since this study is interested on the behaviour of
Brazilian species of timber in the whole, not on a
specific one, both AMARU and Teca samples were
merged into one.
Normality tests such as the Shapiro-Wilk and AndersonDarling tests are used for a preliminary evaluation of a
possible behaviour as a normal distribution. [3] studied
the difference between some of the most used normality
tests and concluded that the Shapiro-Wilk test has good
power properties for asymmetric and symmetric with
low and high kurtosis. The Anderson-Darling test had
good results for the first and the latter of these
distributions.
This is made by the analysis of two test statistic values,
for Shapiro-Wilk and
for Anderson-Darling test,
calculated by Equations 3 and 4, respectively.
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2

(∑𝑛𝑖=1 𝑎𝑖 𝑥(𝑖) )
𝑊= 𝑛
∑𝑖=1(𝑥𝑖 − 𝑥)2

(3)

𝛾
𝛾
(𝑥)𝛾−1 𝑒 −𝑥 /𝛽
𝛽

(8)

1
𝑥 𝛼−1 𝑒 −𝑥/𝛽
Γ(𝛼)𝛽 𝛼

(9)

𝑓(𝑥|𝛾, 𝛽) =

𝑛

1
𝐴² = −𝑛 − ∑(2𝑖 − 1)(𝑙𝑜𝑔Φ(𝑥𝑖 )
𝑛
𝑖=1

(4)

𝑓(𝑥|𝛼, 𝛽) =

+ log(1 − Φ(𝑥𝑛+1−𝑖 )))
where ai are values calculated using the mean, variance
and covariance of a normally distributed sample with the
same number of specimens as the one in study, i is the
ith value, in ascending order, 𝑥 is the mean value of the
sample, n is the number of specimens in the sample, Φ is
a cumulative distribution function (CDF) which is
compared to the sample of interest.
Complementarily to these values, an evaluation of the pvalue for each test must be made. If the value obtained is
below the assumed significance level, 5% for this study,
the null-hypothesis of the test is rejected. Which is an
indication of the data not been normally distributed.
For a further comprehension of the distribution, a
histogram should be made. Which is a bar plot of the
data divided into range of values, for continuous
variable, by the frequency of the data within each range.
Some researches use distribution models for timber
structure reliability. [4] used in their studies, for
European softwood, the following models: Lognormal
for bending strength, Lognormal for Bending modulus of
elasticity, Normal for density, Lognormal for
compression strength parallel to the grain and
Lognormal for shear strength. The probability density
function of these two models, Normal and Lognormal,
are shown at Equations 5 and 6, respectively.

𝑓(𝑥 | 𝜇, 𝜎²) =

𝑓(𝑥|𝜇, 𝜎) =

1
𝜎√2𝜋

𝑒𝑥𝑝 [−

𝑒

(𝑥−𝜇)²
−
2𝜎²

(log(𝑥 − 𝜇))2
]
2𝜎²
𝑥 𝜎√2𝜋

(5)

(6)

where 𝜎 is the standard deviation of the sample and 𝜇 is
the population mean value.
Additionally to these models, the Cauchy, Weibull and
Gamma distribution models will be analysed. The
probability density function of these three models are
shown, respectively, at Equations 7, 8 and 9.
𝑓(𝑥|𝜃, 𝜎) =

1
𝑥−𝜃 2
𝜋𝜎 [1 + (
) ]
𝜎

(7)

where 𝜃 is a scale parameter, γ is a shape parameter, β is
a scale parameter, α is a shape parameter and Γ(𝛼) is the
gamma function. All the probability density functions
cited in this study were extracted from [5].
As to determine which of the known statistical
distribution model is more appropriate to estimate the
values of the data, two methods will be used: Akaike
Information Criterion (AIC) and Bayesian Information
Criterion (BIC). According to [6], AIC is a parameter
interpreted in relation to the others competing models,
not an absolute measure of accuracy of a model. The
former is determined through Equation 10, and the latter
by Equation 11.
𝐴𝐼𝐶 = 2𝑘 − 2log(𝐿)

(10)

𝐵𝐼𝐶 = −2 𝑘 𝑙𝑜𝑔𝐿 + 𝑘 log(𝑛)

(11)

where k is the number of estimated parameters in the
model and
is the maximum value of the likelihood
function for the model.
2.2.2 D t rmination o th Str n th Class s
The values of the bending strength determined through
the experimental test were put in ascending order. The
total number of specimens of the sample were thought to
be distributed into three equally arranged samples,
making 3 samples of 33 specimens. Table 1 shows the
samples with how many specimens of each species
consists in each sample, where T is for Teca specimens
and A for AMARU specimens.
Table 1: Sample Size

Sample

Number of Specimens
T
A
Total

D1

29

4

33

D2

24

9

33

D3

7

26

33

The values of the mean, standard deviation and
coefficient of variation (CoV) were calculated for a
preliminary evaluation of the samples.
For the representative value of the properties of each
sample, the 5th percentile was determined for the strength
properties and for the bending modulus of elasticity,
using Equations 12 and 13, as suggested by [7].
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𝑖
(𝑛 + 1)

(12)

𝑘
(𝑛 + 1) − (𝑗 − 1)] [𝑥𝑗 − 𝑥𝑗−1 ]
100
+ 𝑥𝑗−1

(13)

𝑝𝑖,𝐴𝑆𝑇𝑀 =
𝑁𝑃𝐸 = [

where pi,
is the ith specimen percentile of the
property values in ascending order, i is the order of the
value, n is the number of specimens tested,
is the
nonparametric percent point estimate, k is the desired
percentile point estimate, j is the percentile value right
above the k value desired and j is the value of the
property for the jth order.

3 RESULTS AND DISCUSSION
The values for the bending modulus of elasticity for the
specimens tested ranged from 4590 MPa to 14900 MPa.
As shown at Figure 7, the two species had different
ranges concerning the values for this property. For
AMARU (A), the values ranged from 7591 MPa to
14412 MPa, with a median of 11417 MPa, first quartile
of 10690 MPa and third quartile of 12560 MPa. For Teca
(T) from 4590 MPa to 14900 MPa, with a median of
8720 MPa, first quartile of 7995 MPa and third quartile
of 9940 MPa.

Figure 7: o plot or en ing
per oo species

o ulus o

Figure 8: o plot or en ing trength arrange per oo
species

The values for the compression strength parallel to the
grain for the specimens tested ranged from 16.4 MPa to
42.6 MPa. As shown at Figure 9, for AMARU (A), the
values ranged from 24.9 MPa to 46.8 MPa, with a
median of 32.7 MPa, first quartile of 31.2 MPa and third
quartile of 35.65 MPa. For Teca (T) from 16.4 MPa to
42.6 MPa, with a median of 29.2 MPa, first quartile of
25 MPa and third quartile of 32.1 MPa.

lasticity arrange

The values for the bending strength for the specimens
tested ranged from 39.3 MPa to 103.8 MPa. As shown at
Figure 8, the two species had different ranges concerning
the values for this property. For AMARU (A), the values
ranged from 46.4 MPa to 103.8 MPa, with a median of
67.25 MPa, first quartile of 60.63 MPa and third quartile
of 73.95 MPa. For Teca (T) from 39.3 MPa to 79.5 MPa,
with a median of 53 MPa, first quartile of 44.95 MPa
and third quartile of 58.65 MPa.

Figure 9: o plot or Compression trength arallel to the
rain arrange per oo species

The values for the shear strength parallel to the grain for
the specimens tested ranged from 3.5 MPa to 9.2 MPa.
As shown at Figure 10, for AMARU (A), the values
ranged from 3.5 MPa to 9.2 MPa, with a median of 5.9
MPa, first quartile of 4.9 MPa and third quartile of 6.8
MPa. For Teca (T) from 3.6 MPa to 8.7 MPa, with a
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median of 5.9 MPa, first quartile of 5.2 MPa and third
quartile of 6.7 MPa.

The normality tests can show if a sample have any
indication towards a normally distribution. Having this
in mind, the software R was used for the determination
of the histograms and the probability density functions
(PDF) fit for each sample, shown at Figures 11–14.
At Figure 11, there were three distribution models fitted
to the histogram for the property of the bending modulus
of elasticity: Normal, Cauchy and Weibull. Considering
the whole sample for the prediction, the Cauchy
distribution visually doesn’t seems a good fit, since
there’s a concentration of values in the center. However,
a better estimation of both the values of the mean and the
5th percentile for the modulus of elasticity properties is
fundamental for the structural engineering, leading to a
possibility of considering two different models for each
value.

Figure 10: o plot or hear trength arallel to the rain
arrange per oo species

Analysing Figure 7–9, it is possible to notice that both
species have significantly different values for each
property tested, even among themselves.
Figure 10 emphasise the fact that even among different
species of hardwood, the values of the shear strength
parallel to the grain doesn’t vary significantly among the
species. This is a behaviour that is found in international
codes like [2], which have little or no variation among
strength classes values for hardwood.
3.1.1 E aluation o th Data Distri ution
Table 2 shows the values calculated using both normality
tests for the sample with both species. For the properties
of bending modulus of elasticity, compression and shear
strength parallel to the grain, the p-values determined
were above the significance level established of 5% for
both methods, showing evidence that the data from these
three samples are from a normally distributed
population. For the bending strength, the p-values
calculated were below the significance level established
of 5% for both methods, showing evidence that the data
from this samples are not from a normally distributed
population.

Figure 11: histogram an
o lasticity

itte

ensity or en ing

o ulus

At Figure 12, there were three distribution models fitted
to the histogram for the property of the bending strength:
Weibull, Gamma and Lognormal. Considering the whole
sample for the prediction, and even the first quartile area,
the Weibull distribution visually, doesn’t seems a good
fit, since the concentration at lower values is below the
data.

Table 2: Normality test values

Test
ShapiroWilk
AndersonDarling

Parameter

MOE MOR

fc0

fv

W

0.987 0.959 0.99 0.986

p-value

0.474 0.004 0,62 0.353

A

0.2396 0.805 0,445 0.329

p-value

0.772 0.036 0.278 0.512

Figure 12: histogram an

itte

ensity or en ing trength
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At Figure 13, there were three distribution models fitted
to the histogram for the property of the compression
strength parallel to the grain: Normal, Cauchy and
Weibull. Considering the whole sample for the
prediction, the Cauchy distribution visually doesn’t
seems a good fit, since there’s a concentration of values
in the center. However, a better estimation of both the
values of the 5th percentile for the strength properties is
fundamental for the structural engineering, leading to a
possibility of considering two different models for each
value

encouraged to further analyze the data estimate at lower
values.
Table 3 shows the values obtained using these methods.
For the compression and shear strength parallel to the
grain, both tests had the lowest values for the Normal
distribution, 622.1 and 628.78 respectively, supporting
the normality tests results. For the bending modulus of
elasticity, the best fit resulted in the Weibull distribution,
1817.2, although the values for Normal distribution are
similar. Which leads to an assessment of the difference
of these two models. The bending strength resulted in a
Lognormal distribution with a value of 780.2 for the
AIC.
Table 3: Akaike and Bayesian Information Criterion values

Property Distribution
MOE

MOR

Figure 13: histogram an itte
trength arallel to the rain

ensity or Compression

At Figure 14, there were three distribution models fitted
to the histogram for the property of the shear strength
parallel to the grain: Normal, Cauchy and Weibull.
Considering the whole sample for the prediction, the
Cauchy distribution visually doesn’t seems a good fit,
since there’s a concentration of values in the center and
at the first quartile an estimation below the data.

Figure 14: histogram an
arallel to the rain

itte

ensity or hear trength

As the visual evaluation of the probability distribution fit
is biased, it was chosen to use the Akaike and Bayesian
Information Criterion for a measure of the best fit.
Remarks should be made that these methods assess the
whole model to the data, so another approach should be

fc0

fv

AIC

BIC

Normal

1817.4 1822.6

Cauchy

1852.3 1857.5

Weibull

1817.2 1822.4

Weibull

798.6

803.8

Gamma

781.9

787.1

Lognormal

780.2

785.4

Normal

622,1

627,2

Cauchy

645,2

650,4

Weibull

626,5

631,7

Normal

328.78 333.98

Cauchy

362.27 367.46

Weibull

332.74 337.93

3.1.2 D t rmination o th Str n th Class s
The values calculated for the mean, standard deviation
and coefficient of variation are shown at Table 4. For
each property it can be noticed the increase of the mean
values as it changes the defined samples. This behaviour
is shown for the properties of bending strength and
modulus of elasticity and compression strength parallel
to the grain. The values of the shear strength parallel to
the grain doesn’t vary significantly, when compared to
the others properties.
The values for the coefficient of variation of the
properties had their highest values for the properties of
bending modulus of elasticity (16.7% - 22.9%),
compression strength parallel to the grain (16.7% 19.8%) and shear strength parallel to the grains (16.3% 18.9%). The latter mainly because of the values of this
properties been relatively low. The lowest values
determined was for the property of bending strength,
5.6% – 9.6%.

WCTE 2016 e-book | 5130

Table 4: Summary statistics of the properties

MOR
(MPa)

fc0
(MPa)

fv
(MPa)

MOE
(MPa)

46.3

29.8

5.7

8234

D1 St. Deviation

4.4

5.1

1.1

1888

CoV (%)

9.6

17.0

18.9

22.9

Mean
D2 St. Deviation

57.8

30.3

6.0

9998

4.3

6.0

1.0

1820

CoV (%)

7.4

19.8

16.3

18.2

Mean

74.0

32.7

6.0

11367

D3 St. Deviation

4.1

5.5

1.1

1898

CoV (%)

5.6

16.7

17.8

16.7

Sample
Mean

modulus of elasticity, the Weibull distribution model had
the lowest value, although the values for Normal
distribution are similar and (c) for the bending strength
values, the methods indicates a Lognormal distribution.
The values determined using [7] proposed methods for
the characteristic values and mean value showed a
satisfactory behaviour. As the values of the bending
strength increases so did the others properties values,
except for the shear strength parallel to the grain.
The results shows that when the analysis is based on the
bending strength of the specimens, the values of both
compression strength parallel to the grain and bending
modulus of elasticity were significantly lower than the
ones suggested at [2]. This can be explained
characteristics of climate difference between Brazil and
Europe.
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Table 5: Calculated values of the 5th percentile for the Strength
Classes for the species studied

REFERENCES

Strength
Classes
D1
D2
D3

MORk
(MPa)
39.7
52.9
63.1

fc0,k
(MPa)
17.4
19.9
22.5

fv,k
(MPa)
3.8
3.9
3.6

MOEmean
(GPa)
8234
9998
11367

MOEk
(GPa)
4702
6063
7818

For the parallel compression strength and bending
modulus of elasticity, the values suggested by [2] were
significantly above the ones obtained in the tests. This
was observed for all classes, being more pronounced in
the bending modulus of elasticity value.
For the shear strength, the value was consistent on
almost three classes predefined, showing values similar
to the ones suggested by [2].

4 CONCLUSIONS
This study evaluated two Brazilian hardwood species of
wood for structural use. Both species showed
significantly different values for each property tested,
even among themselves. However, the values of the
shear strength parallel to the grain didn’t vary
significantly among the species studied.
For the properties of bending modulus of elasticity,
compression strength parallel to the grain and shear
strength parallel to the grain, the normality tests used
showed evidence that the samples are from a normally
distributed population, for a significance level of 5%.
For the bending strength property, the same could not be
verified.
Both methods used as a criteria for the distribution
model selection showed the following results: (a)
compression and shear strength parallel to the grain had
the lowest values for the Normal distribution model,
supporting the normality tests results; (b) for bending

[1] Associação Brasileira de Normas Técnicas (ABNT).
NBR 7190 – Projeto de Estruturas de Madeira.
Brazil, 1997.
[2] European Standard (EN) 338 – Structural Timber –
Strength Classes. Brussels, 2009.
[3] Yap B. W, Sim C. H. Comparisons of various types
of normality tests. Journal of Statistical
Computation and Simulation, 81(12):2141-2155,
2011.
[4] Köhler J., Sørensen J. D., Faber M. H.. Probabilistic
modeling of timber structures. Structural Safety,
29:255-267, 2007.
[5] Casella G., Berger R. L. Statistical Inference.
Duxbury Press, Pacific Grove, USA, 2001.
[6] Solomon G. T., Craig B. Combining Akaike’s
Information Criterion and discrete return LiDAR
data to estimate structural attributes of savanna
woody vegetation. Jornal of Arid Environments,
129: 25-34, 2016.
[7] American Society for Testing and Materials
International (ASTM International). D2915 – 10 –
Standard Practice for Sampling and Data-Analysis
for Structural Wood and Wood-Based Products.
United States of America, 2010.

WCTE 2016 e-book | 5131

COMBINING OF RESULTS FROM VISUAL INSPECTION, NONDESTRUCTIVE TESTING AND SEMI-DESTRUCTIVE TESTING TO
PREDICT THE MECHANICAL PROPERTIES OF WESTERN HEMLOCK
Mike Bather1, Dan Ridley-Ellis2 and David Gil-Moreno3

ABSTRACT: Current methods of assessing the mechanical properties of in-situ timber are limited, particularly with
regard to estimating bending strength and stiffness. The aim of this research is to combine non-destructive testing
(NDT), visual inspection and the taking and testing of very small (micro) samples to make a better predictive model.
The modulus of elasticity of 150 structural sized joists of Tsuga heterophylla was measured using acoustic resonance
NDT, and knots were plotted, before testing to destruction in four point bending. The moisture content and density were
then obtained and the ring width and the slope of grain of the broken joists recorded. Micro clear (6.5 mm diameter
91 mm long) specimens were taken from undamaged regions of tested joists and small clear (20 × 20 × 300 mm)
specimens were taken from material adjacent in the tree. Both were tested to destruction in three point bending. The
results are analysed statistically and it was found that in predicting properties of the structural sized joists: (i) the single
measurement of dynamic stiffness was the best predictor of static stiffness; (ii) the averaged density from a pair of
micro clear specimens was the best predictor of density and (iii) the combination of dynamic stiffness and visual
inspection of knots was the best predictor of bending strength.
KEYWORDS: In-situ assessment, Semi-destructive testing, Visual grading, Acoustic NDT, Tsuga heterophylla

1 INTRODUCTION 123
The accurate structural assessment of in-situ timber is an
important process that affects a substantial part of the
construction industry. The unnecessary replacement of
structural timber is neither economic nor sustainable and
adversely affects the conservation of historically
valuable structures, and the maintenance of old building
stock still in service. Unfortunately, at present, it is
difficult to accurately predict the mechanical properties
of in-situ timber beams and posts [1, 2].
In the UK, visual grading of softwoods is generally
carried out in accordance with BS 4978 [3] and this
approach can also be used to predict the mechanical
properties of in-situ timber. This is a conservative and
imprecise approach that could possibly be improved by
combining data from non-destructive testing (NDT) and
semi-destructive testing (SDT) together with visual
assessment and categorization.
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In order to do this, a representative sample of timber
specimens must be assessed and tested to destruction in
order to establish a basis for prediction. This is generally
not possible to do with historical, in-situ timber and so,
for this study, testing has been carried out on new
structural sized timber joists in conjunction with other
testing and timber grading work being undertaken at
Edinburgh Napier University. This removes some of the
unknown factors encountered in inspection and allows a
focus on the predictive power of inspection methods.
The work described here has been carried out as part of
the first year of PhD research into the subject of
combining NDT and SDT together with visual
assessment. It is hoped that the output of the PhD
research will be of use to practitioners assessing the
mechanical properties of in-situ timber for change of
use, renovation or repair.

2 MATERIALS TESTED
Joists sawn from 28 western hemlock trees (Tsuga
heterophylla TSHT [4]) from three sites (Scotland,
England and Wales) were made available for this
research. From each log, nominally 50 × 100 mm ×
3.1 m timber joists were cut from a 100 mm wide section
(running diametrically across the log and enclosing the
pith). Western hemlock is not currently a common
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plantation species in the UK, but is being assessed for
possible greater planting. The key wood properties are
similar to those of the UK’s major species: Sitka spruce
(Picea sitchensis PCST) and Norway spruce (Picea
abies PCAB). The diametric cutting pattern is not a
normal industrial sawing pattern, and was done for
scientific reasons (to investigate radial trends in wood
properties). This has some consequences on the
distribution of knots in this dataset, and, importantly, the
direction of grain with respect to the width and depth
(see 3.4).
In total, 150 joists were cut, seasoned, conditioned,
inspected and tested. Small clear specimens were
prepared from all of the logs and pairs of micro clear
specimens were cored from the 68 joists from the site in
Scotland.

3 METHOD
3.1 OVERVIEW OF TESTING
The joists were tested in four point bending in
accordance with EN 408 [5] to determine the global
modulus of elasticity (MOE) and the bending strength
(modulus of rupture, MOR). The test span was 18 times
the depth h (Figure 1). In accordance with EN 384 [6],
the joists were tested with the region of the length
assessed to be the weakest part placed centrally between
the two loading points. This assessment was done by
visual inspection.

After testing (using a Zwick Z050 machine at Edinburgh
Napier University), density and moisture content were
obtained in accordance with EN 408 [5] and EN 13183-1
[7] (oven dry method) using samples cut close to the
bending failure position. Density and bending stiffness
where subsequently adjusted to the reference 12%
moisture content using EN 384 [6]. The kh factor in
EN 384 was not applied, and so MOR was not adjusted
to 150 mm reference depth.
Both global and local MOE were measured in
accordance with EN 408, but only the global MOE
measurement is used in this analysis as the measurement
is less prone to experimental error. This is the
measurement based on central deflection of the whole
test span (Figure 1). Measurements of each joist were
adjusted to an equivalent ‘shear free’ MOE based on a
linear correlation between the measured local MOE and
global MOE of these 150 joists, given in Equation (2).
The R2 of this correlation is 0.88.
[shear free MOE]=1.2[global MOE]-1.5 (kN/mm2)

(2)

The results are summarised in Table 1 (in which no
adjustments have been made for confidence resulting
from sample size). For comparison, the ‘shear free’
MOE from the standard equation given in EN 384 is also
listed (‘EN 384 E0’). This tends to under predict the
MOE when the average MOE is low [8], which is why
Equation (2) is used in this analysis.
Table 1: Summary of full scale testing on 150 nominally
100×50 mm cross-section western hemlock joists

Figure 1. EN408 test arrangement (for beam of depth h)

After marking up the joists for the four point bending
test, the knots within the pure bending zone (6h length
between the two load points) were manually inspected
and recorded using MiCROTEC Web Knot Calculator
software [7], which enabled the management and
analysis of manually measured knots with a web user
interface.
Also prior to test, the dynamic modulus of elasticity
(dynamic MOE) of the joists was obtained using a
Brookhuis MTG 960 Timber Grader, which is a portable
grading machine based on impact excitation. The
machine measures the frequency of longitudinal
resonance and combines it with density measured with a
connected balance, and manually measured dimensions.
The dynamic MOE calculation (Equation 1) is based on
the Newton-Laplace formula.
[dynamic MOE]=[density]×[speed of sound]2
where
[speed of sound]= 2×[length]×[1st frequency]

(1)

Property
Mean 5th %ile
2
MOR
(N/mm )
38.5
19.3
MOE
(kN/mm2)
Global
8.47
5.75
Local
8.61
5.29
Shear free
8.61
5.37
EN 384 E0
8.32
4.80
Density
(kg/m3)
447
385
MOE and density at 12% moisture content
5th percentile evaluated by ranking

CoV
31%
22%
27%
26%
29%
9%

The ring width (“rate of growth”) and the slope of grain
of the fractured joists were measured broadly in
accordance with EN 14081-1 [9], BS 4978 [3] and
CP 112-2 [10].
Small clear specimens (20×20 mm x 300 mm) were cut
from wood approximately one metre higher in the tree
than the logs that were converted into joists. Each small
clear was randomly assigned to a joist in the
corresponding log. There was a randomly assigned
small clear for 142 of the 150 joists. These small clears
were tested in three point bending (span 280 mm) to
obtain MOR, MOE and density in accordance with BS
373 [11]. The MOE and density measurements were
adjusted to 12% moisture content reference in
accordance with EN 384. The testing was conducted
using a Tinius Olsen H5KT machine at Forest Research.
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Micro clear specimens were also obtained (See 3.2).
Since there is no European or British Standard directly
relating to the testing of such micro specimens in
bending, a testing set-up was developed to provide
measurements which approximately correspond to those
of the three point bending test of BS 373.
3.2 MICRO CLEAR SPECIMEN TESTING
Small full cross-section blocks were cut from the
undamaged parts of a subsample of 68 of the fractured
structural sized joists and pairs of micro clear specimens
were cored from these blocks (approximately 6.5 mm
diameter × 91 mm length along the grain). Figure 2
shows two micro clear specimens cored from a block cut
from a structural sized joist. Where possible, the
specimens were cored at locations 17 mm below the top
(A) of the block and 17 mm above the bottom (B) from
similar growth rings (because of the cutting pattern, the
tangential direction of the rings was parallel to the joist
depth). One of the 68 joists is missing micro clear B.

been made for differences in behaviour between sections
with circular and rectangular cross-sections (which have
a different distribution of bending and shear stress).
A span to depth (or diameter) ratio of 12 was adopted for
the three point bending test giving a span of 78 mm,
assuming a nominal 6.5 mm diameter cored specimen.
The micro clear specimen was sized to extend (1×depth)
6.5 mm beyond the centre-line of each support giving an
overall length of (14×depth) 91 mm. The overhangs at
the supports are relatively slightly longer than the
minimum overhangs of small clear specimens and are
intended to accommodate tolerances in cutting and
coring these very small pieces (Figure 3). The specimens
were orientated so that the radial direction of the growth
rings was parallel to the neutral axis.

Figure 3: Dimensions of the micro clear bending test

Figure 2: Two micro clear specimens cored from a block cut
from a structural sized joist (specimen ‘A’ top, and ‘B’ bottom)

These were tested in three point bending (span 78 mm)
using a testing rig adapted for the purpose. From the
perspective of a practitioner investigating in-situ timber,
the relatively quick creation of a standard sized very
small test specimen (similar to a steel coupon) makes the
use of cores attractive. Cutting specimens from in-situ
timber is problematic and coring would be too. However,
cores could potentially by obtained from small blocks
cut from in-situ timber (possibly from the top) or from
the ends of timbers where access (for a drill bit) can be
gained. Very small specimens are sensitive to tiny
dimensional differences and coring helps to minimise
these variations.
In the test rig, the span to depth ratio and the sizes of the
widths of the supports and the loading head were all
chosen to create a similar distribution of elastic bending
stresses in the micro clear specimens as is found in small
clear specimens tested to BS 373. The rate of application
of load (6.6 mm/minute) was the same as for the 2 cm
standard in BS 373. Mechanical properties are calculated
assuming a circular cross-section but no allowance has

Figure 4: Loading head (left) and support detail (right) for
micro clear tests

Figure 5: Three point bending of a micro clear specimen just
after failure has occurred

Due to the small size of the micro clear specimens, it
was decided to use the movement of the loading head of
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an Instron 5585H universal testing machine (at
University of Bolton) as a basis for the calculation of the
static MOE. Using this method requires close control of
compressive deformation of the specimens at the support
and the loading positions. Supporting the circular cored
specimens on flat bearing surfaces would create very
high local compressive stresses, in turn creating
relatively high local deformation. Therefore curved
bearing surfaces (to match the curved profile of the
specimens) were created by forming 6.5 mm diameter
cut-outs in the two support rods and in the loading head
(Figure 4 and 5).
It was recognized from the outset that the testing of the
micro clear specimens is sensitive to small local changes
in the properties of the wood and to small dimensional
changes in the specimens. It was decided to core pairs of
specimens to try to control these issues (Figure 2).
3.3 VISUAL INSPECTION
BS 4978 [3] is the standard used in the UK for visual
strength grading of softwood timber. In accordance with
the standard, timber is graded as Special Structural (SS)
and General Structural (GS). Timber with characteristics
that does not meet the limits given in the standard is
excluded from grading and is generally termed as Reject.
The visual grading considers knots, slope of grain, rate
of growth, fissures, wane, distortion, resin pockets,
insect damage, rot and decay. This research focuses on
just the first three characteristics. As BS 4978 groups
graded timber into just two visual grades and reject, this
was considered to provide too imprecise a measurement
for this research; so instead, the method of quantifying
characteristics specified in the code is used and the data
obtained is not categorised but used in its percentage or
ratio form. Four ratios relating to knots were obtained:
 Total knot area ratio, tKNOT
 Margin knot area ratio, mKNOT
 Total knot area of a knot group, tKAR
 Margin knot area of a knot group, mKAR
The total knot area ratio (tKNOT) is the ratio at a
section, of the sum of the projected cross-sectional areas
of the knots present, to the cross-sectional area of the
piece. Similarly, the margin knot area ratio (mKNOT) is
that of the sum of the areas of those knots or portions of
knots in the margins, to the cross-sectional area of the
margins. The margin areas comprise the top and bottom
quarters of any cross-section (as orientated with longest
cross-section dimension vertical).
BS 4978 requires that knots should be included as part of
the same cross-section if any parts of the knots or their
associated grain disturbances overlap along the length of
the piece of timber. The MiCROTEC software [7] used
calculates values of the total knot area ratio of a knot
group (tKAR) and the margin knot area ratio of a knot
group (mKAR) based on an assumption that knots up to
150 mm apart are within influencing distance and are
considered as a knot group. The KAR ratios are greater
than KNOT ratios (as more knots are included
cumulatively in the values).
Slope of grain was measured using a swivel handled
scribe, generally in accordance with the requirements of

EN 1310 [12] which recommends that a single face is
assessed, thus giving a two-dimensional assessment of
slope of grain. However an old British Standard CP 112
[10] considers a three-dimensional assessment of the
slope of grain by measuring its angle on two faces and
combining measurements. This second approach was
adopted in order to give a more accurate assessment of
the slope even though it was more time-consuming
(CP 112 is still commonly used in building assessment in
the UK, despite having been withdrawn as a standard in
1988).
To complement the general slope of grain, for which
measurement is described in the code, the local slope of
grain was also measured at the location of failure of the
structural sized joists.
Rate of growth was measured broadly in accordance
with BS 4978 [3], however, the code requires a line at
least 75 mm long normal to the growth rings. Reference
to Figure 6 shows that this is not possible (as each joist is
only 50 mm wide). Additionally, reference to Figure 2
shows how the rate of growth varies even within a small
specimen. Therefore, the rate was measured using a line
estimated to best reflect the general rate of growth
(always excluding the 50 mm diameter around the pith)
at each end of the joist and averaged.
3.4 EFFECT OF JOIST LOCATION
The manner in which the joists used in this research were
cut from the tree has a bearing on the number,
distribution and orientation of knots within them and so
limits this research. As can be seen in Figure 5, knots
that grow out from the pith of a tree at any angle (from
0°to 360°) will be present in joist reference 1 (cut from a
section containing the pith). In joist reference 2, only
those knots extending from the pith within an angle of
127° will be present. This amounts to only 35% of the
potential knots in joist reference 1 (if knots did not also
reduce with cambial age). Moving away from the pith,
the proportion of knots present in each joist reduces
down to only 9% in joists reference 8 and 9, which are
located furthest from the pith. A normal industrial
cutting pattern would have a different distribution of
knots and grain orientation, and a different proportion of
radial positions represented in the sample.

Figure 6: How the cutting pattern affects the growth rings in
each joist and the amount and distribution of knots
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Finally on completion of the testing, the power of the
non-destructive testing (NDT, dynamic MOE) and semidestructive testing (SDT, micro-clears) measurements
and visual observations to predict the mechanical
properties of the timber was then assessed both singly
and then in combination using multiple regression
analysis.

4 RESULTS AND DISCUSSION
4.1 INTRODUCTION TO RESULTS AND
DISCUSSION
All values of density and MOE presented, have been
adjusted in accordance with EN 384 to a reference value
of 12% moisture content. MOR is not adjusted to a
150 mm reference depth (as is usual for EN 384) and
statistical adjustments for sample size have not been
applied.
The coefficient of determination, R2 (the square of
Pearson’s product moment coefficient) was calculated to
give an initial measure of strength of the linear
associations between several of the variables measured
during the physical testing of all of the specimens so as
to gauge the predictive usefulness of one variable in
relation to another.
Generally, the relationship between the properties
measured in the structural sized specimens with those of
the small clear and micro clear specimens are considered
in relation to the prediction of three key mechanical
properties of the timber:
 Modulus of rupture (MOR)
 Modulus of elasticity (MOE)
 Density

and Table 3). The best correlation was found with the
sectional density of the structural sized joists (analogous
to taking a full cross-section piece from in-situ timber)
and amounts to R2 of 0.32, which is slightly better than
the R2 of 0.22 for a single micro-clear (which is less
destructive). The lack of correlation with the small clear
density is likely a consequence of large variation of
density and stiffness within a tree (remember the small
clears come from the same tree, but do not match the
joists in radial position). The poor correlation of stiffness
with density is not unexpected for this species and age
(in these data, stiffness increases with radial position, but
density does not). Instead, stiffness is likely governed by
micro-fibril angle (see e.g. [13]). In this case, knowing
density provided no real useful information about the
wood stiffness.

Figure 7: Scatter plot showing predictive density and static
MOE of structural sized specimens

4.2 MODULUS OF ELASTICITY FROM
PHYSICAL MEASUREMENTS
The MOE of the structural sized joists presented is based
on the global bending stiffness of the joists as measured
in four point bending (in accordance with EN 408) and
subsequently amended, making use of a regression
analysis to convert to a ‘shear free’ value. The MOE of
the small and micro clear specimens presented in the
results has not been adjusted to a shear-free value. The
mean values of the various MOE measurements are
summarised in Table 2.
Table 2: Mean values of MOE from the different methods

Test type
Full size (EN 408)
MTG 960 (dynamic)
Small clear (BS 373)
Micro clear A
Micro clear B
Mean of micro clears
A&B

Specimens

Mean MOE
(kN/mm2)

150
150
142
68
67
67

8.61
10.1
7.16
7.59
7.88
7.73

The correlation between density (no matter how
measured) and the MOE was found to be weak (Figure 7

Figure 8: Scatter plot showing predictive MOE and static
MOE of structural sized specimens

The MOE values measured from the testing of all of the
micro clear and small clear specimens correlates with the
tested structural sized joists only moderately (Figure 8
and Table 3), with the strongest correlation obtained by
averaging pairs of values of micro clear specimens (R2 is
0.61).
As expected, the correlation between the dynamic MOE
and the static MOE of the structural sized joists (Figure 8
and Table 3) was found to be strong (R2 is 0.90) with a
tendency to be about 10% higher than the static MOE.
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When using the MTG to measure the dynamic MOE,
each structural sized joist needs to be unrestrained
enough to be free to vibrate longitudinally. This
condition is rarely encountered in in-situ timber, but it
could be used for timber that is removed during
renovation. There are time-of-flight methods of
measuring dynamic stiffness that could be used in-situ
that may approach this predictive power, but they have
not been checked in this study.

noted that the correlation (both MOE and MOR) for the
micro clears from the top of the block (A), is
considerably better than those from the bottom (B). This
could be a random sampling effect, in which case taking
an average of two micro clears would be better than just
taking one. That said, the correlation between the MOR
of the two micro clears taken from the same block is
reasonable (R2 is 0.45, Figure 12) and higher than the
correlation for MOE (R2 is 0.26).

Table 3: Correlation summary for MOE

Property predicting MOE
Density @ 12% mc
Full cross-section
Small clear
Micro clear A
Micro clear B
Mean of micro clears A&B
Stiffness @ 12% mc
Joist dynamic MOE
Small clear
Micro clear A
Micro clear B
Mean of micro clears A&B

Specimens

R2

150
142
68
67
67

0.32
0.00
0.22
0.23
0.25

150
142
68
67
67

0.90
0.45
0.50
0.42
0.61

Figure 9: Scatter plot showing predictive density and MOR of
structural sized specimens

4.3 MODULUS OF RUPTURE FROM PHYSICAL
MEASUREMENTS
The means of modulus of rupture are shown in Table 4.
It can be seen that the MOR is generally higher, the
smaller the specimen. It is to be expected that the small
clears have higher strength than the full size joists, with
their knots and other defects, but it is not so obvious why
the micro-clears should be stronger than small clears.
This could be a size effect, a testing effect, or a sampling
effect.
Table 4: Mean values of MOR from the different methods

Test type

Specimens

Full size (EN 408)
Small clear (BS 373)
Micro clear A
Micro clear B
Mean of micro clears A&B

150
142
68
67
67

Mean MOR
(N/mm2)

Figure 10: Scatter plot showing predictive MOE and MOR of
structural sized specimens

38.5
67.6
94.1
96.4
95.3

The correlation coefficients obtained from the results of
the testing of the micro clear, small clear and structural
sized specimens indicates substantial variability both
between types of specimens and within types of
specimens (Table 5 and Figures 9-11). The strongest
correlation was found between the dynamic MOE and
the modulus of rupture of the structural sized specimens
(R2 is 0.50).
In this instance, averaging the results from the micro
specimens did little to increase correlation with the
modulus of rupture of the full size joists, but it should be

Figure 11: Scatter plot showing predictive MOR and MOR of
structural sized specimens
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Table 5: Correlation summary for MOR

Figure 12: Scatter plot comparing MOR values from paired
micro clears cored from blocks cut from the structural sized
joists

Property predicting MOR
Density @ 12% mc
Full cross-section
Small clear
Micro clear A
Micro clear B
Mean of micro clears A&B
Stiffness @ 12% mc
Joist dynamic MOE
Small clear
Micro clear A
Micro clear B
Mean of micro clears A&B
MOR
Small clear
Micro clear A
Micro clear B
Mean of micro clears A&B

Specimens

R2

150
142
68
67
67

0.18
0.00
0.12
0.13
0.15

150
142
68
67
67

0.50
0.22
0.37
0.13
0.31

142
68
67
67

0.10
0.33
0.14
0.27

Table 6: Mean values of density from the different methods

Test type
Full size (EN 408)
Small clear (BS 373)
Micro clear A
Micro clear B
Mean of micro clears A&B

Specimens
150
142
68
67
67

Mean density
(kg/m3)
447
442
470
472
472

Figure 13: Scatter plot comparing MOE values from paired
micro clears cored from blocks cut from the structural sized
joists

The relationship of a single physical property of a joist
(such as density or dynamic MOE) would not be
expected to correlate very strongly with the modulus of
rupture of joists that contains features such as knots and
significant slope of grain, but the measurements of micro
clear strength and stiffness appear to be more useful (in
this case) than density for predicting MOR of the joists.
4.4 DENSITY FROM PHYSICAL
MEASUREMENTS
The density of the structural sized joists presented is
based on a section cut from the joist in accordance with
EN 408 [5]. This cut section must be free from knots and
resin pockets and so should closely resemble the wood
present in the small clear specimens and the micro clear
specimens (except for the inhomogeneity within the
joist). Mean values of the densities are given in Table 6.
The value of density used as a basis for the correlation
analyses presented in Table 7 is the density of the full
cross-section sample cut from the joist near to the point
of failure. The correlation of this density with that
measured using the mass of the entire joist is strong (R2
is 0.74) but not perfect due to the variation of density
within the length of the joist.

Figure 14: Scatter plot comparing density values from paired
micro clears cored from blocks cut from the structural sized
joists

The correlations associated with the small clear
specimens (R2 0.10) and the micro clear specimens A
and B (R2 0.53 and 0.68 respectively) show how the
density of the wood varies from one location to another.
Even the correlation of density between the micro clear
specimens A and B (cores taken at the same position
along the length of each joist, generally from similar
growth rings and just a few millimetres from each other
(Figure 2) only amounts to R2 of 0.53 (Figure 14). From
this it is apparent that the density of the wood in the
joists varies considerably, which limits the potential of
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localised density sampling to represent density generally
within the joists.
Where individual measurements can vary significantly, it
is possible to reduce their ranges by simply taking a pair
of measurements at any particular location. The average
densities at a single locations, gained from the pairs of
micro clear specimens A and B, were also correlated
with the sectional densities of the joists. The R2 value of
0.70 indicates a similar level of correlation to that gained
using the density measured using the mass of the entire
structural sized joist and so a stronger correlation using
other methods of measurement is unlikely.
Table 7: Correlation summary for density

Predicting joist density
Mass of complete joist
Small clear density
Micro clear A density
Micro clear B density
Mean of micro clears A&B

Specimens
150
142
68
67
67

R2
0.74
0.10
0.53
0.68
0.70

Figure 15: Scatter plot showing the relationship between the
mKAR of the structural sized joists with MOR

4.5 VISUAL INSPECTION
It can be seen from Table 8 that the KNOT ratios, the
local and general slope of grain values and the rate of
growth values correlate only weakly with modulus of
rupture and that the mKAR (R2 0.33) and tKAR
(R2 0.29) were found to have the strongest association.
Those knot parameters have similar correlation with joist
MOE, but the rate of growth is better (R2 0.51). Rate of
growth is the only parameter that has any correlation
with the joist density, but it is only weak (R2 is 0.22).
It is worth noting that the rate of growth, as ring width,
has some correlation to cambial age in this dataset (R2 is
0.27) and cambial age has some correlation to MOR,
MOE and density (R2 of 0.24, 0.47, 0.16 respectively).
The radial trend in both ring width and MOE probably
explains why the correlation of rate of growth and MOE
is as high as it is. Like many things related to visual
characteristics, this would be species dependent.
The strongest correlations for each of MOR, MOE and
density are shown in Figures 15 to 17.
In approximately half of the joists tested, failure was
closely associated with the presence of a bottom edge
knot, showing that the presence of knots in the bottom of
the joists is directly related to their failure. It must be
borne in mind that the mKAR ratios obtained from the
MiCROTEC software include knots from both the top
and bottom margin areas of the joists (which were
randomly orientated with respect to the worst defect and
the tension edge, as specified in EN 384). So this mKAR
ratio may or may not be of relevance to the mode of
failure and the strength of the joist. It is hoped that for
in-situ timber by focussing attention on only the bottom
margin, that a stronger correlation could be achieved
(since in-situ, the loading condition is known, unlike for
normal visual strength grading).

Figure 16: Scatter plot showing the relationship between the
rate of growth of the structural sized joists with density

Figure 17: Scatter plot showing the relationship between the
rate of growth of the structural sized joists with density

4.6 COMBINING RESULTS
Multiple regression is a statistical technique to assess the
linear correlation of a group of variables to predict a
single dependent variable. The results of the linear
regression analyses and practical matters relating to
practice were considered when composing the groups of
measurements. For parity, the calculations presented
here were done on the 66 joists for which there was
complete micro clear and visual grading data.
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The most useful combinations of measurements for
predicting MOR of the joists are listed in Table 9. In this
case, the dynamic MOE in combination with either
tKAR or mKAR (adjusted R2 0.68) is superior to
dynamic MOE alone (adjusted R2 0.59).
Table 8: Linear regression of visual characteristics and MOR,
MOE and density of structural sized specimens

Property predicting MOR
Rate of growth
Slope of grain local
^ cross grain failure only
Slope of grain general
mKAR
tKAR
mKNOT
tKNOT
Property predicting MOE
Rate of growth
Slope of grain local
^ cross grain failure only
Slope of grain general
mKAR
tKAR
mKNOT
tKNOT
Property predicting density
Rate of growth
Slope of grain local
^ cross grain failure only
Slope of grain general
mKAR
tKAR
mKNOT
tKNOT

Specimens

R2

146
148
40
148
150
150
150
150

0.21
0.07
0.26
0.01
0.33
0.29
0.24
0.13

146
148
40
148
150
150
150
150

0.51
0.02
0.23
0.00
0.27
0.29
0.15
0.08

146
148
40
148
150
150
150
150

0.22
0.00
0.02
0.00
0.06
0.03
0.04
0.01

If dynamic MOE is not available, a reasonable prediction
for strength can be obtained from tKAR and rate of
growth (R2 0.56). A combination of tKAR with either
average MOE or MOR of paired micro clears performs
equally well (R2 0.55). The advantage of using micro
clears and measuring their MOE (rather than stength) is
that it could potentially be done on site with an impact
resonance measurement.
The most useful combinations of measurements for
predicting MOE of the joists are listed in Table 10. In
this case, the dynamic MOE in combination with either
tKAR or mKAR (adjusted R2 0.94) is, again, the best
combination, but it is only trivially better than dynamic
MOE alone (adjusted R2 0.92).
If dynamic MOE is not available, a reasonable prediction
for stiffness can be obtained from tKAR, rate of growth
and the average MOE of paired micro clears (R2 0.76).
However, the combination of rate of growth with tKAR,
tKNOT, mKAR or mKNOT is nearly as good (R2 0.72 to
0.66) and avoids the need to take the micro clears.

Table 9: Multiple regression for MOR of structural sized
specimens

Combination
Dynamic MOE
tKAR
Dynamic MOE
mKAR
tKAR
Rate of growth
tKAR
Average micro MOR
tKAR
Average micro MOE
Dynamic MOE
tKAR
mKAR
Average micro MOR
Average micro MOE
Rate of growth

P
0.00
0.00
0.00
0.00
0.00
0.00
0.00
0.00
0.00
0.00
0.00
0.00
0.00
0.00
0.00
0.00

Adjusted R2
0.69
0.68
0.56
0.56
0.55
0.59
0.45
0.39
0.30
0.26
0.25

Table 10: Multiple regression for MOE of structural sized
specimens

Combination
Dynamic MOE
tKAR
Dynamic MOE
mKAR
Rate of growth
tKNOT
Average micro MOE
Rate of growth
tKAR
Rate of growth
tKNOT
Rate of growth
mKAR
Rate of growth
mKNOT
tKAR
Average micro MOE
mKAR
Average micro MOE
tKNOT
Average micro MOE
Dynamic MOE
Rate of growth
Average micro MOE
tKAR
mKAR
mKNOT
tKNOT

P
0.00
0.00
0.00
0.00
0.00
0.00
0.00
0.00
0.00
0.00
0.00
0.00
0.00
0.00
0.00
0.00
0.00
0.00
0.00
0.00
0.00
0.00
0.00
0.00
0.00
0.00
0.00
0.00

Adjusted R2
0.94
0.93
0.76
0.72
0.70
0.67
0.66
0.66
0.57
0.57
0.92
0.52
0.48
0.37
0.31
0.22
0.15

The use of paired micro clears allows better prediction
when dynamic MOE of the joist is not available, but may
not be sufficiently better than visual measurements to
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warrant the taking of micro clears. It is probably that a
time-of-flight acoustic method would perform in a
similar way to the micro clears, being also a localised
measurement of wood stiffness.

5 CONCLUSIONS
From the limited amount of testing completed, it can be
seen that a mix of results from NDT, SDT and visual
inspection provide the best predictors of the key
mechanical properties of the Western hemlock tested. Of
all of the visual measures, it is apparent that the tKAR is
the most useful. Measures such as the general slope of
grain and the rate of growth have, in this case,
particularly weak predictive powers.
The measured value that best correlates with the shear
free MOE of the structural sized joists is the dynamic
MOE of the structural sized joists (R2 is 0.90), but if it is
not available, a combination of rate of growth and tKAR
is reasonable (adjusted R2 is 0.72).
The best correlation with the density of the structural
sized joists is obtained from the averaged density of
micro clear specimens A and B (R2 is 0.70). This is
probably equivalent to taking localised density
measurements by several other methods, and really only
limited by the variation of density within the joist.
Finally, the best correlation with the modulus or rupture
of the structural sized joists is the multiple correlation
using the dynamic MOE and either mKAR or tKAR
(adjusted R2 is 0.68), which performs better than
dynamic MOE alone (adjusted R2 is 0.59). If dynamic
MOE is not available a combination of rate of growth
and tKAR is reasonable (adjusted R2 is 0.56).
The average stiffness of paired micro clears, in
combination with tKAR, would allow better prediction
of both joist MOE and MOR (adjusted R2 0.66 and 0.55
respectively) than could otherwise be achieved without
both resonant dynamic MOE and rate of growth (which
might be problematic to measure in situ). Since the
micro clear is a localised measurement of wood stiffness
it is could possibly be replaced with a time of flight
acoustic stiffness (although obtaining a good value
would also require an assessment of density for the
calculation of stiffness from acoustic wave speed).
Knowledge of the strength of the micro clear does not
seem to add anything more than the MOE does, when
combined with tKAR.
This work is limited to a minor species for the UK,
Western hemlock. This species is widely used in
construction elsewhere, but this UK plantation material
may be of a different character (due to climate, forest
management etc).
There is much further work that needs to be done in this
field, for instance, further work could be done (in
relation to in situ timber) focussing on the mKAR of just
the bottom margin, where the key knots are located. This
would be expected to improve further the predictive
power of the measurements taken.
Additionally, the KAR and KNOT ratios in this research
require all faces of the joist being assessed to be
accessible. Although this is possible for joists in the
laboratory it is often not possible for in situ timber.

Therefore, it would be most helpful for practitioners if a
different method of measuring knot ratios which focuses
on the surface location and appearance of knots (perhaps
similar to superseded UK code CP 112 [10]) could be
developed. Finally, the potential for localised dynamic
stiffness measurements in situ, combined with knot
measurements, should be explored.
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A STUDY ON PORTAL FRAME STRUCTURE WITH COMBINED
COLUMN FOR TIMBER BUILDING
Katsuhiko Kohara1, Masaru Inada2, Kentaro Hoshiai3, Masaru Tabata4,
Mitsuo Fukumoto5, Kazuyoshi Komoto6 and Minoru Takimoto7
ABSTRACT: Our research team developed a portal frame structure with the combined columns that made with the
glued-laminated timbers (GLT) for general large scale office, store or school. As preliminary examination, the
examinations of the joints and the materials were conducted. The 2 specimens of 2 specifications were conducted the
moment tests of T-shape joint. The 3 specimens of 1 specification were conducted the shearing tests of column’s joint.
The 14 specimens of 10 specifications were conducted the static shearing tests of the beam’s joints. The 22 specimens
of 24 specifications were conducted the static bending tests of the beams. Thereafter, the static loading tests of the
frames were conducted. The 11 specimens of 14 specifications were conducted the static loading tests of the frames.
Our research team grasped the structural performances of the timber portal frame. The portal frame structure had high
seismic performance.
KEYWORDS: Portal Frame, Combined Column, Timber Architecture, Short-term Standard Proof Strength

1 INTRODUCTION 123
The portal frame structure of the timber became possible
it used from April, 2004 in Japan. "The forest and a
forestry reproduction plan" is established in 2009 and
promotes it to 50% of wood self-sufficiency ratio by
2020. "A law about the promotion of the use of the
wood in public buildings" was established in 2010, and
the policy that the public building of the low-rise
building must be lignification of the structural members
or the interior decoration members as much as possible
was shown.
The location of our research group is in Mino City, Gifu
Prefecture, JAPAN. This city has many Japanese
traditional timber dwelling houses. This city is on a part
of Tokai district, which is afraid of damage by an
expected Tokai earthquake or To-Nankai earthquake in
recent years. The Gifu prefecture has many forest of
80% area in the land, has many tree of Japanese cedar
and Japanese cypress.
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Therefore, we developed a portal frame for timber house
by solid timber or glued-laminated timber [1]-[12]. And
our research group developed a portal frame structure
with combined column for timber building. In this paper,
the purpose is to grasp a structural performance of the
combine column and the portal frame based on
experimental study.

Mino city
Gifu city
Gifu prefecture
Tokyo
Kyoto

Figure 1: Location of Mino City

2 CONSTRUCTION NEEDS OF
PORTAL FRAME STRUCTURE
2.1 BUILDING STARTS
The floor space of the building start of construction
about non-dwelling building[13] in 2015 is shown in
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Figure 2. It is built approximately 17,000,000m2 a steelframe building in the building of the low-rise building
(1-3 story). We think that half of these are built wooden
buildings. There are the needs of the wooden building in
the non-dwelling building.
8,000,000

Building Starts in 2015

The Total Amount of Floor Space (m2)

7,000,000

Wooden

S

RC

SRC

CB

Others

6,000,000
5,000,000

Figure 4: One-Story Portal Frame Model Image
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2,000,000

31-

21-30
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10-15

5-9

4-5

3

2

0

1

1,000,000

Figure 2: Non-dwelling Building Starts

3 PORTAL FRAME STRUCTURE WITH
COMBINED COLUMN
3.1 PORTAL FRAME STRUCTURE SYSTEM
When the wooden building of the non-dwelling is
assumed, the portal frame structure which can realize
large space is one of the effective constructions.
Therefore the following portal frame structure’s systems
are suggested.
(1) Because the proof stress of the column is secured
enough, the column is combined.
(2) The joints are established in the ends of the beam.
Therefore the joints make it easy to transport the
portal frame.
(3) The beams are installed in the gap between the
combined columns for portal frame system with both
directions.
The above-mentioned images are shown in Figure 3-5.

Figure 3: Two-Story Portal Frame Model Image

Figure 5: Portal Frame Model Image

3.2 OUTLINE OF EXPERIMENTAL STUDY
The test method was based on this book of “Guide of an
Evaluation Method and the Structural Design of the
Timber Portal Frame Structure” [14].
As preliminary examination, the examinations of the
joints and the materials were conducted.
The 2
specimens of 2 specifications were conducted the
moment tests of T-shape joint. The 3 specimens of 1
specification were conducted the shearing tests of
column’s joint. The 14 specimens of 10 specifications
were conducted the static shearing tests of the beam’s
joints. The 22 specimens of 24 specifications were
conducted the static bending tests of the beams.
Thereafter, the static loading tests of the frames were
conducted. The 11 specimens of 14 specifications were
conducted the static loading tests of the frames.

Figure 6: Outline of portal frame
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3.3 YIELDING PROOF STRENGTH
The basic shear proof strength Pa in the minimum value
which was sought at the yielding proof strength, at 2/3
times of the maximum proof strength, at 0.2/Ds times of
the ultimate proof strength, at the strength of 1/150rad.
or 1/120rad., and has considered the loose of the
experimental result. It makes a loose coefficient a
coefficient by 50 % of lower limits with 75 % of
reliability standards. It calculates the wall magnification
n of the connection by the following equation from the
permission shear proof stress of wall.
n＝Pa[kN]×(1/1.96[kN])×(1/L[m])
(1)
The loose coefficient is due to the equation below.

k) It makes plastic percentage (the ductility percentage)
µ=(δu/δv).
l) Structure characteristic coefficient Ds uses plastic
percentage μ and makes Ds=1/√(2μ-1).

4 MOMENT TESTS OF T-SHAPE JOINT
4.1 SPECIMENS
The 2 specimens of 2 specifications were conducted the
moment tests of T-shape joint. The T-shape joints were
a beam/column joint and a ground-sill/column joint.
These specimens were shown in Figure 8-9.

Loose coefficient = 1 - ( standard deviation / average )
x fixed number K
(2)
P

Ⅰ Ⅴ

Ⅲ

Ⅱ

Pmax
0.9Pmax
Pu
0.8Pmax

Py

Ⅵ

Figure 8: Moment Test of T-Shape Joint 01

Ⅳ

S

0.4Pmax

0.1Pmax

δy

δv

δu

δ

Figure 7: Yielding Proof Strength

a) It makes the straight line which links 0.1Pmax and
0.4Pmax on the envelope the I straight line.
b) It makes the straight line which links 0.4Pmax and
0.9Pmax on the envelope the II straight line.
d) It pushes a load in the point of intersection of the I
straight line and the III straight line in yielding proof
stress Py and it makes the straight line which is parallel
to the X axis the IV straight line from this point.
e) It makes the displacement of the point of intersection
of the IV straight line and the envelope yielding
displacement δy.
f) It makes the starting point and the straight line which
links (δy,Py) the V straight line and it makes this the
early stage stiffness K.
g) It makes a displacement on the envelope in the
0.8Pmax load decline area after the maximum load finish
displacement δu.
h) It makes the area which is surrounded at the envelope,
the X axis and in δu S.
i) It makes the straight line which is parallel to the X axis
as the area with the trapezoid which is surrounded by the
straight line which is parallel to the V straight line, the X
axis, δu and the X axis becomes equal to S the VI
straight line.
j) It makes the point of intersection of the V straight line
and the VI straight line the finish proof stress Pu of the
full bullet plasticity model and it makes a displacement
then the yield point displacement δv of the full bullet
plasticity model.

Figure 9: Moment Test of T-Shape Joint 02

4.2 DESTRUCTION OVERVIEW
The typical destructions were shown in Figure 10-11.
The typical destructions were the bending destruction of
the joint hardware by the turn of the joint. The joint
hardware was deformed.

Figure 10: Moment Test of T-Shape Joint 01
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41.64 [kN] of CJ01 specimen, 35.01 [kN] of CJ02
specimen and 28.24 [kN] of CJ03 specimen.

Figure 11: Moment Test of T-Shape Joint 02

4.3 MEASURING RESULTS
The results of moment tests of T-shape joints were
shown in Table 1. The short-term standard proof
moments were 10.22 [kN ･ m] of T-shape joint01
specimen and 13.12 [kN ･ m] of T-shape joint02
specimen.

Figure 12: Shearing Test of Column’s Joint in Typical
Specimens

Table 1: Results of Moment Test of T-Shape Joint
Type of Specimen

T-Shape Joint01 T-Shape Joint02

Mmax
[kN･m]
δMmax
[10-3rad]
(1) My
[kN･m]
δy
[10-3rad]
Mu
[kN･m]
K
[MN/10-3rad]
μ
(2) Mu(0.2/Ds)
[kN･m]
(3) 2/3Mmax
[kN･m]
(4) M1/120rad
[kN･m]
Minimum Factor
Short-term Standard Proof Moment
[kN･m]

37.95

34.79

65

65

24.77

17.43

29

13

37.86

30.36

0.85

1.33

1.46

2.83

10.51

13.12

25.30

23.19

10.22

13.29

(4)

②

10.22

13.12

5 SHEARING TESTS OF COLUMN’S
JOINT
5.1 SPECIMENS
The 3 specimens of 1 specification were conducted the
shearing tests of column’s joint. It was shown in Figure
12.
5.2 DESTRUCTION OVERVIEW
The typical destructions were shown in Figure 13. The
typical destructions were the shearing destruction of the
column’s joint hardware by the shearing force of the
joint. The column’s joint hardware was deformed.
5.3 MEASURING RESULTS
The results of shearing tests of column’s joint were
shown in Table 2. The standard proof strengths were

Figure 13: Shearing Test of Column’s Joint in Typical
Specimens
Table 2: Results of Shearing Test of Column’s Joint
Type of Specimen

CJ01

CJ02

CJ03

69.63

73.57

57.81

46.42

49.05

38.54

41.64

35.01

28.24

12.40

11.44

7.00

3.36

3.06

4.03

Minimum Factor

(2)

(2)

(2)

Standard
Proof Strength
[kN]

41.64

35.01

28.24

Pmax
[kN]
δpmax
-3
[10 rad]
(1) 2/3Pmax
[kN]
(2) Py
[kN]
δy
[mm]
K
[kN/mm]

6 SHEARING TESTS OF BEAM’S
JOINT
6.1 SPECIMENS
The 14 specimens of 10 specifications were conducted
the static shearing tests of the beam’s joints. Typical
specimen was shown in Figure 16.
6.2 DESTRUCTION OVERVIEW
The typical destructions were shown in Figure 14. The
typical destruction was the shearing destruction of the
beam’s coupling hardware.
The beam’s coupling
hardware was deformed.
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6.3 MEASURING RESULTS
The results of shearing tests of beam’s joint were shown
in Table 3. The standard proof strengths were 3.39 [kN]
of BSJ01 specimen and 56.92 [kN] of BSJ10 specimen.
Because we improved coupling joining hardware, the
bending strength of beam was raised.

7 BENDING TESTS OF BEAM
7.1 SPECIMENS
The 22 specimens of 24 specifications were conducted
the static bending tests of the beams. Typical specimen
was shown in Figure 16.

Figure 14: Shearing Test of Beam’s Joint in Typical
Specimens

Figure 16: Bending Test of Beam in Typical Specimens

7.2 DESTRUCTION OVERVIEW
The typical destructions were shown in Figure 17. The
typical destruction was the bending destruction of the
beam and pulling destruction of the couplings. The
beam’s coupling hardware was deformed.

Figure 15: Shearing Test of Beam’s Joint in Typical
Specimens
Table 3: Results of Shearing Test of Beam
Type of Specimen
Pmax
[kN]
(1) 2/3Pmax
[kN]
(2) Py
[kN]
δy
[mm]
K
[kN/mm]

BJS01

BJS02

BJS03

BJS04

BJS05

BJS06

BJS07

7.05

64.08

74.40

53.93

59.20

109.68

113.15

4.70

42.72

49.60

35.95

39.47

73.12

75.43

3.39

37.95

40.60

30.10

39.74

60.91

53.28

3.95

8.13

8.96

5.65

11.21

10.21

8.95

0.86

4.67

4.53

5.33

3.55

5.97

5.95

Minimum Factor

(2)

(2)

(2)

(2)

(1)

(2)

(2)

Standard
Proof Strength
[kN]

3.39

37.94

40.59

30.10

39.46

60.91

53.27

Type of Specimen BJS08-1 BJS08-2 BJS08-3 BJS08-4 BJS08-5 BJS09
Pmax
[kN]
(1) 2/3Pmax
[kN]
(2) Py
[kN]
δy
[mm]
K
[kN/mm]

BJS10

Figure 17: Bending Test of Beam in Typical Specimens

90.73

95.05

94.70

86.93

87.20

93.85

110.13

60.48

63.37

63.13

57.95

58.13

62.57

73.42

46.32

48.93

45.44

43.99

49.83

52.19

56.92

7.3 MEASURING RESULTS

8.56

8.42

8.31

7.12

9.47

9.43

8.45

5.41

5.81

5.47

6.18

5.26

5.53

6.74

Minimum Factor

(2)

(2)

(2)

(2)

(2)

(2)

(2)

Standard
Proof Strength
[kN]

46.32

48.92

45.43

43.98

49.83

52.19

56.92

The results of bending tests of beam were shown in
Table 4. The stiffness K was 2.41-2.91 [kN/mm] of
BJB01-1 - BJB01-3 specimens and 4.60 [kN] of BJB22
specimen. Because we improved coupling joining
hardware, the bending strength of beam was raised.
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Table 4: Results of Bending Test of Beam’s Joint
Type of Specimen

BJB01-1 BJB01-2 BJB01-3 BJB02 BJB03 BJB04 BJB05 BJB06 BJB07 BJB08 BJB09 BJB10

Pmax
[kN]
δpmax
[mm]
Py
[kN]
My
[kN]
δy
[mm]
K
[kN/mm]
Non-Joint Beam
sMb
[kN･m]
Non-Joint Beam
K'
[kN/mm]

76.02

65.20

73.30

62.66 129.08 86.26

90.62 180.60 167.52 202.00 193.48 162.34

63.00

108.80

86.20

75.20 109.00 36.40

59.40

59.40

74.40

87.60

38.32

45.72

40.09

42.36

57.61

66.76

68.02 106.02

95.44

113.72 124.29 139.73

25.55

30.48

26.73

28.24

38.41

44.51

45.35

70.68

63.62

75.82

82.86

93.15

13.84

15.74

16.65

18.68

16.42

15.89

18.98

23.82

23.48

34.88

24.59

29.39

2.77

2.91

2.41

2.27

3.51

4.20

3.58

4.45

3.35

3.26

5.05

4.76

66.92

66.92

66.92

66.92

66.92

66.92

66.92

66.92

66.92

66.92

66.92

66.92

6.26

6.26

6.26

6.26

6.26

6.26

6.26

6.26

6.26

6.26

6.37

6.28

My/sMb

0.38

0.46

0.40

0.42

0.57

0.67

0.68

1.06

0.95

1.13

1.24

1.39

K/K'

0.44

0.46

0.38

0.36

0.56

0.67

0.57

0.71

0.54

0.52

0.79

0.76

BJB11

BJB12

BJB13 BJB14 BJB15 BJB16 BJB17 BJB18 BJB19 BJB20 BJB21 BJB22

212.90

181.80

183.90

180.70 178.56 141.36 182.92 190.52 156.12 134.76 174.80 192.56

67.40

53.80

56.20

57.00

69.00

64.40

60.40

57.60

69.80

120.69

109.26

115.36

92.31 101.50 96.85 110.47 119.24

86.11

83.10

94.48

108.14

80.46

72.84

76.91

61.54

67.67

64.57

73.64

79.50

57.40

55.40

62.99

72.09

24.83

22.86

25.64

20.46

21.34

20.16

24.69

29.01

22.52

22.65

22.94

23.49

4.86

4.78

4.50

4.51

4.76

4.80

4.47

4.11

3.82

3.67

4.12

4.60

66.92

66.92

66.92

66.92

66.92

66.92

66.92

66.92

66.92

66.92

66.92

66.92

6.21

6.13

6.33

6.44

6.39

6.16

6.12

6.14

5.96

6.17

6.40

6.57

My/sMb

1.20

1.09

1.15

0.92

1.01

0.96

1.10

1.19

0.86

0.83

0.94

1.08

K/K'

0.78

0.78

0.71

0.70

0.74

0.78

0.73

0.67

0.64

0.59

0.64

0.70

Type of Specimen
Pmax
[kN]
δpmax
[mm]
Py
[kN]
My
[kN]
δy
[mm]
K
[kN/mm]
Non-Joint Beam
sMb
[kN･m]
Non-Joint Beam
K'
[kN/mm]

8 STATIC LOADING TESTS OF POTAL
FRAME
8.1 OVERVIEW OF TESTS
The static loading system was shown in Figure 18. The
portal frame was set in this loading system and
conducted the static loading tests. The beam of portal
frame was loaded by an actuator.
＋←→ －
P,δ Beam- Column：
Battledore Bolt

Actuator
100kN±300mm

Specimen
Sill-Column：
Hold- Down Metal

Figure 18: Loading System

53.60

31.20

56.80

46.80

35.80

8.2 SPECIMENS
The 11 specimens of 14 specifications were conducted
the static loading tests of the frames. The specifications
of specimens were shown in Table 5. The shapes of
typical specimens are the length of 4000 or 6000mm and
the height of 2880 or 3030mm. The column is combined
four glued-laminated timbers with each section of
120mm*120mm or 150mm*150mm. The beam is a
section of 120mm*390 or 450 mm.
8.3 DESTRUCTION OVERVIEW
The typical destructions were shown in Figure 19-21.
The typical destruction was 1) the bending destruction of
the joint hardware by the turn of the joint, 2) the shearing
destruction of the column’s joint hardware by the
shearing force of the joint, 3) the bending destruction of
the beam and pulling destruction of the couplings, 4) the
breaking of the column’s base and 5) the break of the
anchor bolts.
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Table 5: Short-term Standard Proof Strength of Portal Frame
Shape
(mm)

Column
(mm)

Column

Column

Lamina

Beam
(mm)

Beam

Beam

Ground Sill
(mm)

Ground Sill

Ground Sill

PF01 2880*4000 4-150*150 Scots Pine, GLT E105-F345

Parallel

120*390 Scots Pine, GLT E120-F330 150*150 Scots Pine, GLT E105-F345

PF02 2880*4000 4-120*120 Scots Pine, GLT E120-F330

Parallel

120*390 Scots Pine, GLT E120-F330 120*150 Scots Pine, GLT E120-F330

PF03 2880*4000 4-150*150 Scots Pine, GLT E120-F330

Parallel

120*390 Scots Pine, GLT E120-F330 120*150 Scots Pine, GLT E120-F330

PF04 2880*4000 4-120*120 Scots Pine, GLT E120-F330

Parallel

120*390 Scots Pine, GLT E120-F330

---

---

---

PF05 3030*6000 4-120*120 Scots Pine, GLT E105-F345

Parallel

120*450 Scots Pine, GLT E120-F330

---

---

---

PF06 3030*6000 4-120*120 Scots Pine, GLT E105-F345

Parallel

120*450 Scots Pine, GLT E120-F330

---

---

---

PF07 3030*6000 4-120*120 Scots Pine, GLT E105-F345

Parallel

120*450 Scots Pine, GLT E120-F330

---

---

---

PF08 3030*6000 4-120*120 Scots Pine, GLT E105-F345 Orthogonal 120*450 Scots Pine, GLT E120-F330

---

---

---

PF09 3030*6000 4-120*120 Scots Pine, GLT E105-F345 Orthogonal 120*450 Scots Pine, GLT E120-F330

---

---

---

PF10 3030*6000 4-120*120 Scots Pine, GLT E105-F345 Orthogonal 120*450 Scots Pine, GLT E120-F330

---

---

---

PF11 3030*6000 4-120*120 Scots Pine, GLT E105-F345

Parallel

120*450 Scots Pine, GLT E120-F330

---

---

---

PF12 3030*6000 4-120*120 Scots Pine, GLT E105-F345

Parallel

120*450 Scots Pine, GLT E120-F330

---

---

---

PF13 3030*6000 4-120*120 Scots Pine, GLT E105-F345

Parallel

120*450 Scots Pine, GLT E120-F330

---

---

---

PF14 3030*6000 4-120*120 Scots Pine, GLT E105-F345

Parallel

120*450 Scots Pine, GLT E120-F330

---

---

---

PF01

PF04

Figure 19: Static Loading Tests of Portal Frame in Typical Specimens (PF01, PF04)

Live Load
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PF07

PF08

Figure 20: Static Loading Tests of Portal Frame in Typical Specimens (PF07, PF08)
PF14
PF11

Figure21: Static Loading Tests of Portal Frame in Typical Specimens (PF11, PF14)
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Table 6: Short-term Standard Proof Strength of Portal Frame
Type of Specimen

PF01

PF02

PF03

PF04

PF05

PF06

PF07

PF08

PF09

PF10

PF11

PF12

PF13

Type of Test

PF14
Live Load

Pmax
[kN]
δpmax
-3
[10 rad]
(1) Py
[kN]
δy
-3
[10 rad]
Pu
[kN]
δu
-3
[10 rad]
δv
-3
[10 rad]
K
-3
[kN/10 rad]

38.657 35.810 45.310 42.850 46.147 59.847 64.297 63.057 51.857 55.620 70.108 68.307 64.457 66.167
67

63

62

66

67

67

67

67

58

67

67

67

49

62

20.118 19.520 23.270 23.030 23.045 33.248 35.562 30.953 26.661 27.590 32.011 35.449 28.761 33.108
11

21

16

25

25

25

23

16

18

19

17

23

15

19

30.064 31.500 39.490 38.700 40.198 53.488 57.830 54.645 49.457 51.514 62.125 63.504 58.364 61.463
67

67

67

67

67

67

67

67

67

67

67

67

67

67

17

34

27

42

44

40

37

29

33

36

34

41

30

36

1.761

0.930

1.430

0.920

0.913

1.327

1.555

1.880

1.501

1.426

1.851

1.567

1.952

1.724

μ

3.905

1.970

2.420

1.580

1.514

1.654

1.793

2.294

2.023

1.846

1.987

1.645

2.230

1.870

Ds

0.383

0.580

0.500

0.670

0.702

0.658

0.622

0.528

0.573

0.609

0.580

0.661

0.538

0.604

(2) Pu(0.2/Ds)
[kN]
(3) 2/3Pmax
[kN]
(4) P1/120rad
[kN]

15.691 10.810 15.510 11.410 11.449 16.252 18.601 20.701 17.265 16.904 21.424 19.220 21.714 20.347
25.771 23.870 30.210 28.570 30.765 39.898 42.865 42.038 34.571 37.080 46.739 45.538 42.971 44.111
16.619 10.900 14.890 11.240 11.275 15.242 18.281 20.656 16.997 16.015 20.024 17.430 19.894 18.648

Minimum Factor

(2)

Short-term Standard
15.69
Proof Strength
[kN]
50

(2)

(4)

(4)

(4)

(4)

(4)

(4)

(4)

(4)

(4)

(4)

(4)

(4)

10.81

14.89

11.24

11.27

15.24

18.28

20.65

16.99

16.01

20.02

17.42

19.89

18.64
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Figure 24: Skeleton Curves of Portal Frame (PF07-10)

Figure 22: Skeleton Curves of Portal Frame (PF01-04)
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Figure23: Skeleton Curves of Portal Frame (PF04-07)
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Figure 25: Skeleton Curves of Portal Frame (PF07,11-14)
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8.4 MEASURING RESULTS
As a result of the static loading test of portal frame, the
short-term standard proof strength is shown in Table 6.
All specimens have short-term standard proof strength
more than 10kN.
The skeleton curves of typical portal frames are shown
in Figure 22-25.
PF01-03 have a ground-sill, and PF04 has a column base
fixing fitting. Having ground-sill or not does not
influence a proof strength.
The column’s distance is 4 m in PF04, and one is 6m in
PF05-07. The column’s distance dose not influence a
proof strength.
The lamina of the column is parallel for a portal frame in
PF07. The lamina of the column is orthogonal for a
portal frame in PF08-10. The direction of column’s
lamina dose not influence a proof strength.
PF14 were conducted a static loading test in the state that
live load was loaded.

9 CONCLUSIONS
We grasped a structural performance of the portal frame
with combine column based on experimental study. A
portal frame structure with the combined columns that
made with the glued-laminated timbers is developed for
general large scale office, store or school.
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STUDY ON PERFORMANCE OF TIMBER-STEEL COMPOSITE BEAMS
WITH DIFFERENT SHAPES OF STEEL COMPONENTS
Tzu-Ling Hsu1, Feng-Cheng Chang2, Meng-Ting Tsai3, Truong-Di-Ha Le4
ABSTRACT: Nowadays, the composite of steel and concrete is quite popular but it is also important to improve and
develop the structural systems especially the construction and design of wooden structure. Furthermore, wood
components would reduce the risk of buckling on individual activity of steel and thus leads to more efficient hybrid steeltimber structural systems in the future. As traditional way, designing a beam has been simply achieved and the geometry
of the timber-steel-hybrid beam is really ideal advantageous to improve their work. According to the first generation of
timber-steel-hybrid beams called “Flitch-beams”, the aim of this study is to follow and develop a method in order to
provide high load carrting performance for these kind of composite beams. Basing on the main concept of data tables
from National Association of Home Builders of the United States (NAHB) builders’ beam showing the capacity of Flitchbeams with variety sizes, this study chooses one fixed pattern of 2 wood pieces (2x8’’) inserts by a straight steel-platecore to evaluate and the optimized morphology among the variety cross-sections is then applied in to the beam as replacing
for straight steel-plate-core. The result shows that the comparison relies on numerical of Maximum bending stress (σ)
and deflection at mid span. Following this, the new flitch beam is re-calculated and the results in comparison with the
NAHB builders’ beam pattern. Similarly, the final result indicates that the coordination of optimized steel core is more
advantageous than the pattern beam.
KEYWORDS: timber-steel composite beam, Flitch-beam, cross section, shape factor, optimized morphology

1 INTRODUCTION 123
Hybrid systems, common in construction practices,
refer to structures made of combinations of two or
more
structural materials.
Steel-concrete
composites are common but impose long-term
negative environmental impacts, whereas steeltimber hybrid systems provide an environmental
friendly alternative. Moreover, the light weight,
economical nature of wood render it suitable for
pairing with strong, ductile steel. Consequently,
steel reinforced timber structures are light, clean,
and easy to handle. On the other hand, timber-steel
hybrid systems has proven to be efficient for midand high- rise wooden buildings [1][2]; in addition,
because of the economic and ecologic benefits,
combinations of these two materials will become
an important objective in the modern multi-storey
buildings. Many morphologic combinations of
timber and steel elements have been performed in
1

Tzu-Ling Hsu, National Taipei University of Technology,
Feng-Cheng Chang, National Taiwan University,
fcchang@ntu.edu.tw
3 Meng Ting-Tsai, National Taipei University of Technology,
tsai@mail.ntut.edu.tw
4 Truong-Di-Ha Le, National Taiwan University of Science and
Technology
2

the world [3][4][5]. As traditional way, designing
a beam has been simply achieved, nowadays, the
geometry of the timber-steel-hybrid beams by
calculation in order to save costs and improve their
performance. Effective timber and steel
hybridization creates a system where steel is used
minimally only where high strength and ductility
are needed [6]. The amount of coordinated
materials is determined depending on various
purposes of the design such as potential in load
capacity or fire resistance for the buildings.

2 OBJECTIVES
The objectives of this study are to develop and
validate an approach for estimating the loadbearing capacity of timber-steel hybrid beams
through a linear calculation method and a given
table of materials. The results may provide
designers or engineers an easy tool for designing
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timber-steel hybrid beams or evaluating the
efficiency of such beams.
First, timber-steel beams with three basic cross
sections were designed. The cross-sectional
morphology of the beams was determined
regardless of the materials. The cross-sectional
areas of the beams were divided using different
means intentionally or accidentally as long as their
total area remained unchanged. Through
application of basic calculation, elastic theory, and
a relatively fundamental method, the shape factors
were defined and optimal cross-sectional
morphology was thus determined.
Although hybrid systems have been extensively
employed into practice since the 1900s and 2000s,
few efforts have been devoted to investigate the
potential of wood as a material and the application
of Flitch-beams. According to the shape factor
concept and the data tables created by the National
Association of Home Builders of the United States
(NAHB) [7], optimal cross-sectional morphology
of timber-steel beams were used as the steel core
instead of straight steel plate core. This study was
aimed at proposing a method for evaluating the
efficiency of timber-steel hybrid beams.

3 NUMERICAL METHODOLOGY OF
SHAPE FACTOR
Timber-steel hybrid beams with three different
cross-sectional forms were investigated in this
study: rectangular cross section (the original form),
hollow cross section (i.e., the simple form), and Ishaped cross section (i.e., the common shape)
(Fig 1). The incremental complexity was found as
the width b and height h of the beams were
modified, and these shapes were thus chosen.
Moreover, to simplify fabrication and
computation, symmetrical cross sections were
chosen with the neutral axis located at the center
of the cross sections.
In the calculation phase, the timber-steel hybrid
beams with rectangular cross section were
regarded as the benchmark for evaluating the
beams with hollow and I-shaped cross sections are
taken into the comparison. To conduct a
comparative investigation, the b and h of the
beams with hollow and I-shaped cross sections
were varied while the total cross-sectional area
remain unchanged. To explore the applicability of
numerical method to these beams, the dimensions
of these factors are set up.

The results revealed that when the beam materials
and cross-sectional areas are the same, I-shaped
timber-steel hybrid beams had a higher load
carrying efficiency in terms of the length of span
than the other two forms of beams.

Rectangular

Hollow

I-Shaped

Figure 1: Timber-Steel Beams with Distinct Cross-Section
Profiles

Figure 2: The ratio between modified Cross-Section li value and
basic l value to, I shape always shows a highest value of
maximum span

The results also indicated that the overall area of
each incremental beam, apparently, decreasing
their load carrying efficiency. According to the
numerical methodology for deriving the shape
factor, the I-shaped beams exhibited higher
efficiency than the rectangular and hollow
beams. Once the effectiveness of the I-shaped
cross section is proven, the morphological
optimization should be focused on the I-shaped
cross-sectional profile.
4 METHODOLOGY
The first developed timber-steel hybrid beams are
known as Flitch-beams. This section is to develop
a method to provide an effective shape factor for
the flitch beam. According to the main concept of
data tables developed by the NAHB, the capacity
of flitch-beams may vary with different sizes. This
study chose one fixed pattern for the evaluation,
and then the optimized morphology among the
various cross-sections.
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Besides, the I-section is considered as a dominant
factor so the application of this kind will remain
on flitch beam. I-Section contribution is expected
as one important component in the bearing
capacity changing of the new flitch beam.
However, depending on the actual conditions, the
design of the I-Section will vary depending on the
designers. The next, a numerical study was
conducted to simulate the performance of new
concept and to specify the load carrying efficiency
of Flitch-beam with proposed I-shaped steel
component.
4.1 INTRODUCTION of NAHB
BUILDERS’ BEAM
The NAHB Builders’ Beam Manual was
originally published in 1964 by the NAHB Journal
of Home- building (now BUILDER Magazine).
Since 1964, many changes have been made in
lumber sizes, species, plywood grade names,
grade designations and allowable stresses. As well,
changes have also occurred in structural steels.
The revision updates and greatly expands a
number of designs available ever since the original
edition. In the housing field, structural engineering
has produced a variety of fabricated beams. As to
selecting beam types based on this manual, the
following properties were considered: low cost,
efficient use of materials, light weight, ease of
fabrication, simplified installation, and readily
available materials. The complete manual contains
designs and instructions for the following beam
types: wood beams, plywood I-beams, plywood
box beams, steel-wood I-beams, steel flitch plate
beams, and structural steel shape beams.

Figure 3: The basic fastener layout

4.1.1 Flitch-beam

A flitch-beam consists of a steel plate sandwiched
between two pieces of lumber (Fig 3). The beam
derives most of its strength and rigidity from the
steel plate, and the lumber sides provide bracing
to prevent buckling of the steel. The components
are joined with hardened nails in the lumber and
with bolts in steel plate. Since it is common
practice for many steel suppliers to furnish steel
plate in even inch widths, 2 x 8 through 2 x 16
lumber comes in even ¼ inch depths.
4.1.2 Design table for flitch-beam

Four variables are considered in the design tables:
the beam span, the beam depth, the beam design
load, and the beam type. At least two of these
factors should be known or can be determined, and
at least one would be unknown. The design tables
can be used when the design load on the beam is
available. Furthermore, the live loads that a beam
must support is required to be determined. In
residential design, many simplifying assumptions
are made to reduce the number of required
calculations.
The numbers in the Tables 1(a) give the design
load in pounds per foot that each beam will
support. The first column gives the lumber size.
The second column gives steel thickness and the
third column gives approximate beam weight in
pounds per foot of beam length. The columns in
the table give the Plate Thickness Basic Spacing
maximum of ½ inch. Designs in this study have
included for California redwood lumber ranging
from 2 x 8’s through 2 x 16’s and the steel
thickness is through 12- and 14-gage (0.105” and
0.075” thick). The number of dashes under each
load represents the number of 2x jack studs needed
to support the beam at each end. Table 1(b) shows
the value after converting into metric system.
4.2 ASSEMBLY OF COMPOSITE BEAM
Base on the manual of (NAHB) builders’ beam
with various sizes, in this study, one fixed pattern
– two 2x8” wood pieces with one straight steelplate inserted, steel thickness t ranging from
0.075’’ (1.9mm) to ½’’ (12.7mm) were selected.
California Redwood is used in this study to
produce composite beams, and optimized
morphology of replacing same cross-section of
steel from straight-plate to I-shape is studied, in
order to find the better performance and the
relative ratio of efficiency.
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4.2.1 Maximum load for the composite beam

The linear theory of elasticity was simplified to
provide a means of calculating the load-carrying
and deflection characteristics of beam. It covers
the case for small deflections of a beam subjected
to lateral loads only. The following fundamental
property of the bending stress condition on wood
blocks and steel core can be obtained by showing
the following inequality:
(1)
(2)

Table 1(a): The NAHB beam designs results

Figure 4(b): Cross-section of two timber-steel composite beam
(straight-plate and I-shape plate)

Where:
 w  is the bending stress of Wood block
 s  is the bending stress of Steel core
 w f is the maximum bending stress of Wood,
wf =1300 psi=8.96 N/mm²
 s f is the maximum bending stress of Steel,
s f =448 N/ mm²
Condition described in Equation (1) and Equation
(2) are respectively equivalent to:

Table 1(b): The NAHB beam designs results in Metric system

(3)

(4)
Which can further be written as:
(5)

(6)

Figure 4(a): Dividing method of steel straight-plate into I-shape

In engineering concept, deflection is the degree to
which a structural element is displaced under a
load. It may refer to an angle or a distance. The
deflection distance of a member under a load is
directly related to the slope of the deflected shape
of the member under that load and that can be
calculated by integrating the function that
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mathematically describes the slope of the member
under that load.
According to NAHB, the deflection of all beams
is limited to be no greater than 1/360 of the span.
The following fundamental property of the elastic
deflection (at the midpoint) on wood blocks and
steel core can be obtained.

(11)
As a consequence, Equation (11) can be adopted
by:

(q)
(12)
L
Figure 5: Simply-supported beam with a uniform distributed
load

(7)

By converting Equation (12) into Equation (9) and
Equation (10), they can further be respectively
written as:

(8)
(13)

Which is equivalent to,
(9)
(10)

(14)

By dividing Equation (9) and Equation (10) and
the uniform load on the beam is the summation
of qw and qs, the relationship between qw and qs
can be shown as Equation (11):
Table 2: The comparison the maximum load (q) between NAHB beam and Study beam under the characteristic of California
Redwood
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Figure 6: Maximum Load by increasing steel thickness
comparing between NAHB beam and Study beam

Base on the mentioned conditions, the maximum
load (q) of the studied beam can be defined by
determining the minimum value of the inequalities
Equation (5), (6) and Equation (13), (14). These
values were presented in Table 2.
4.3 COMPARISON OF RESULTS
4.3.1 Maximum Load Comparison

The comparison of maximum load was conducted
based increasing steel thickness between NAHB
beam and I-shaped beam. As illustrated in Fig 6,
the distance between the ending points of 2 lines
showed the lower trend following the span ranging
from 3.7 to 6.1, and the I-shaped beam showed a
linear ascending trend. The results indicated that,
comparing with the NAHB builders’ beam pattern,
the I-shaped beam shows that the higher steel
thickness, the greater load bearing capacity.

4.3.1 Increasing ratio of Load

After compiled and statistical analysis, the data
extracted from NAHB experiments were
presented in the following graphs with the
calculated data in two ways. The NAHB values
(with the straight steel plate) are shown as grey
lines and the calculated data (I-shaped beam) were
shown as colored ones. By dividing load
efficiency between the new Flitch beam and
NAHB beam, the ratio of these two categories can
be obtained.
In Figure 8, lines represented the capabilities of
those beams under the increasing steel thickness
by different span ranging from 3.7 to 6.1m. The
value of each line is gained by dividing the design
Load from calculated data to NAHB data.
In contrast, Figure 9 showed that the beams’
performances are undergo a downward trend by
raising the span with the different steel thickness
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from 1.9 to 12.7mm. Those ratios showed the
efficiency of each steel thickness after increasing
the span.
5 CONCLUSIONS
The summary of numerical methodology of shape
factor and Flitch-beams can be concluded as
follow.

Figure 7: The Study beam indicated the higher efficiency
compared with the NAHB beam

(1) From the numerical methodology of shape
factor, with the same area and regardless of
material, I-Section would indicate a higher
work efficiency than the Rectangular-Section
and
Hollow-Section.
Therefore,
the
optimization should focus on morphological
study of the I-Section.

(2) The morphologies of the I-Section can be
achieved by many ways such as resizing and
adjusting the original cross section so that the
new cross section would result in an offset
form from the original one. Another
modification may be to simply divide the
geometry. Based on these two methods,
various approaches can be studied in the future.
(3) The method of Shape factor proposed in this
study is not the most optimal method since
there are many other methods of splitting rely
on this approach. And the study of the optimal
design shape factor applied to Flitch beam is
expected in the next research.

Figure 8: Design Load bases on the steel thickness comparing
between NAHB beam and Study beam

(4) Applying the Young’s modulus and moment
of inertia of wood and steel, bending stress
conditions, and the elastic deflection at the
mid-point on an Euler–Bernoulli beam, the
new studied flitch beam could be recalculated
and resulted in a higher load carrying
efficiency than the original one.
(5) Compared with the NAHB builders’ beam
pattern, the studied beam indicated that the
larger steel thickness the greater load bearing
capacity.

Figure 9: Design Load bases on the span comparing between
NAHB beam and Study beam
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EXPERIMENTAL AND NUMERICAL INVESTIGATIONS OF TIMBER
GLASS SHEAR WALLS
Rok Frangež1, Boštjan Ber2, Mirosla Pr mro 3,
ABSTRACT: Building large-sized glazing into timber walls has significantly grown over the last years, however when
combined, the structural behaviour of both elements can be rather complicated. This is one of the major reasons for this
investigation. In order to design energy-efficient timber-frame buildings with enlarged fixed glazing, it is of primary
importance not only to take advantage of a high possible solar potential to heat up the building but also to assure a
horizontal stability of such timber-glass structures. This paper presents the results of experimental research on
composite timber-glass (TG) walls in which insulating glass unit (IGU) is connected to a timber frame with
polyurethane adhesive. A finite element (FE) model was built to simulate the load bearing capacity and behaviour of
TG walls obtained from mechanical tests. Through a parametric study, different shapes of walls and their influence on
the racking resistance was investigated. The main parameters, taken into account in the parametric study, beside the
thickness of the adhesive joint, were the height and width of the glass panel.
KEYWORDS: Timber-glass walls, Adhesive, Experimental analysis, Finite element, Parametric study

1 INTRODUCTION 123
The popularity of composite structures with timber and
glass has been steadily growing throughout the past few
years. This is due to a high demand in large sized
transparent areas, energy efficiency and indoor comfort
quality in modern house design [1]. However the
behaviour of glass and timber in a load-bearing
combination must first be analysed.
Timber is a relatively energy efficient building material
compared to other load-bearing materials such as
concrete, steel or brick. Combined with the unique
transparent characteristic of glass they represent an
energy efficient duo that cannot be compared to other
composite elements. However, the use of both materials
in a composite way can be rather complicated from a
structural point of view. Combining timber and glass to
achieve an appropriate load-bearing structural element is
a complex process involving a combination of two
materials with different characteristics. Comparing to
timber, glass has a higher modulus of elasticity of
approximately 70 GPa and thus 6-times higher than
softwood in the grain direction. On the other hand, the
difference in the tensile strength between both materials

is much lower, i.e. 1.5-times for float glass and 2.3-times
for the toughened glass. When a stiff connection
between glass and timber is done (e.g. epoxy or acrylate
adhesive), high tensile stresses in the connection are
usually the cause for the failure of glass. However, the
stress between joined elements is distributed according
to their modulus of elasticity.

Figure 1 roun
centre o rigi ity
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The main concerns are long term behaviour and
deformation of the composite timber-glass frame [2]. As
shown in Figure 1, the external TG walls are placed
mostly on the southern façade of the building, thus
shifting the rigidity centre away from the mass centre.
Horizontal loads, such as wind or earthquake cause
torsional behaviour in such structures. Consequently, the
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majority of the load is transferred into building elements
further away from the stiffness centre, which are mainly
timber-glass walls.
The main aim of the presented experimental and
numerical study is to investigate the influence of
different parameters, i.e. glass size and thickness of the
adhesive layer on the stiffness and failure modes of a TG
wall built in the modern timber structures.

2 EXPERIMENTAL ANALYSIS
Experimentally investigated TG walls were divided into
two testing groups, namely TGW-1 and TGW-2. Each
testing group contained three full-sized walls. The main
difference between two types of TG walls was in
thickness of the adhesive layer, therefore we observed
the impact of it, as well as possible different failure
modes. The experiment is a part of a large group of
studies on timber glass elements with a load-bearing
function [3-5]. The main purpose of the experimental
study was to obtain as many details as possible regarding
deformations and failure modes of TG wall before
continuing with the FE analysis.
2.1 LOADING PROTOCOL
The information about the mechanical characteristics and
behaviour of timber wall panels can be obtained from a
racking test, which is described in EN 594 [6]. The
purpose of the racking test is to determine the ability of a
TG wall to resist the racking load. In our experiment, a
horizontal load placed on top of the TG frame, acting in
the wall’s plane, was controlled. According to protocol,
the rate of loading should ensure that 90% of the racking
load is reached within 300 ∓ 120 s. Additional test
sample (TGW-T) was made to determine the ultimate inplane load.
In the first phase we applied the load of 8.3 N/s from 03.0 kN for the stabilization of the specimen. A loading
rate in the second phase was increased to 125 N/s from
3.0 kN up to failure.
Afterwards, the strength and stiffness characteristics of
the composite TG wall can be easily obtained from the
recorded horizontal displacement.

Figure 2 imensions o the

all specimen

Material properties of the timber frame are taken from
EN 1194:2003 [7] for the strength class GL24h. Material
properties of float glass were taken from [8]. Material
properties of adhesives were obtained from the
producer’s technical sheets. All material properties are
listed in the Table 1.

2.2 TEST SPECIMENS
TGW specimen shown in Figure 2 had outside edges
measuring 1.2 m × 2.4 m. The dimensions of timber
studs and the bottom post were 160 mm × 160 mm. The
dimensions of the top post in cross section were 160 mm
× 240 mm. The IGU was made from two 6 mm thick
glass panes, separated by a 16 mm thick layer of air. The
exception was a test specimen TGW-T, in which we
used an IGU composed of three 6 mm thick glass panes.
The 5.0 mm (TGW-1) or 7.0 mm (TGW-2) thick
adhesive layer was made from one-component
polyurethane adhesive, produced by Kömmerling. With
a final layer of silicone, a polyurethane adhesive joint
was protected from weathering as shown in Figure 3.
Consequently, only inner two glass panes have a loadbearing function.

Figure 3: etail o the connection et een the tim er rame
an insulating glass panel
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Table 1 lastic constants an mechanical properties o tim er,
glass an polyurethane

Standard

Tim r
ram
GL24h
EN 1194

E [Mpa]

‖11600 ⊥ 720

ν [-]

‖0,25

⊥0,45

0,23

0,49

G [Mpa]

‖ 720

⊥ 35

0,45

1,3

ft [Mpa]
fc [Mpa]
ϱ [kg/m3]

‖14
‖14

⊥0,5
⊥0,5
380

45
500
2500

2

Float lass

Polyur than
(Ködiglaze P)

EN 12150

Kömmerling

70000

2

1170

TGW elements were prepared and assembled in a
controlled environment under steady temperature of
T = 20°C and humidity RH = 28%. Figure 4 is showing
multiple stages of the assembly process. Timber
elements were first assembled together into a timber
frame using self-tapping screws in the corners (Figure
3a). Before applying a dense Polyurethane adhesive, the
joining area was cleaned and treated with a primer. The
IGU was then manually put in place. The adhesive was
applied into an empty slot between the timber frame and
glass plane with a pneumatic gun (Figure 4b and 4c). A
thickness of the adhesive layer (5.0 mm and 7.0 mm)
was assured using wooden spacers as shown in Figure
3d. The TG walls were stacked and left to cure for 1
month before they were tested.

no additional space for an extra load cell to simulate the
vertical load [4]. The test specimens were point fixed
into the vertical steel profile of the testing machine,
which was additionally reinforced with steel tubes used
as diagonals (Figure 5c) so that the deformation of the
vertical steel frame was minimized. The stirrup,
consisting of two welded steel plates (Figure 5b), was
mounted on the timber stud with self-tapping screws and
point fixed onto a steel profile. In order to prevent any
buckling of the test specimens, rolling supports were
installed onto the auxiliary steel structure (Figure 5a). I200 steel section was used at compression support
(bottom right side) to fixate the TG wall (Figure 5d) and
to transfer the load form the rig into the stiff
substructure.

Figure 5 est con iguration

LVDT sensors were used to measure the displacements
of the specimen as shown in Figure 6. The measurement
1 was set at the free end of the specimen, where the
deformation was the greatest. The slip between the
timber frame and the IGU was measured with sensors 4
and 5. The deformation of screws at tension support was
measured with sensor 6 while deformations in
compression support were measured with sensor 7. With
sensors 2 and 3 we measured local deflections of the
steel frame, which we used to calculate the rotation of
the specimen due to global deformations of the testing
rig. The load at free end of the specimen was introduced
by a digitally-controlled hydraulic cylinder.

Figure 4 ssem ly o the test specimens an application o
polyurethane

2.3 TEST SETUP
The panels were mounted into the testing rig to perform
monotonic static tests as shown in Figure 5. Since the
steel frame of the testing rig was not specifically
designed to perform racking tests, the consequent lack of
height called a 90° rotation of the panels. There was also

Figure 6
isposition o
isplacements an e ormations

sensors

or measuring
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were R = stiffness, = 40% of ultimate force, = 20%
of ultimate force,
and
the corresponding
deformation.
Because the testing rig was not stiff enough to withstand
ultimate loads without noticeable deformations, the
modification of measured values of vertical displacement
was needed for further FEA. From values of
displacement, recorded by sensors 2 and 3 (Figure 6), we
calculated the rotation of the rig. The calculation showed
a difference of 15% comparing to measured vertical
displacement.
Table 2 easure alues o
sti ness or all test samples
Sam l
rou
TGW T
TGW 1

TGW 2

S im n
nam

Fu
N

u

an

u

u

mm

ith calculate racking
R
N mm

TGW-1-T

23,90

41,70

1198,8

TGW-1-1

21,40

41,35

1068,9

TGW-1-2

26,91

46,91

1165,3

TGW-1-3

22,25

41,75

1425,8

TGW-2-1

23,85

47,89

956,5

TGW-2-2

23,77

48,53

993,4

TGW-2-3

22,99

53,77

898,7

R m an
N mm
1198,84
1220,06

FTGW-1= 23,52kN FTGW-2= 23,54kN

TGW-1

25,0

TGW-2
20,0
15,0
10,0
5,0
0,0

0,0

10,0

20,0

30,0

vTGW-2= 50,6 mm

(1)

TGW-1-T

vTGW-1= 43,3 mm

 2
R
4  2
4

30,0

N

The results for all specimen groups are summarised in
this section and listed in Table 2. The force, at which the
failure of the test specimen occurred, was designated as
u The corresponding measured displacement ( u) at the
top of the specimen was obtained from the hydraulic
cylinder and sensor 1 (Figure 6). The racking stiffness R
for each specimen was calculated according to EN
594:2011. Equation (1) was divided into Ri for the single
specimen, and Rmean for group specimens

having only two glass panes. Both had the same
thickness of polyurethane which verifies our assumption,
that the third glass pane is not suited as a structural
element but is present mainly for thermal insulation.

For

2.4 RESULTS AND DISCUSSION

40,0

50,0

60,0

70,0

Dis la m nt mm
Figure 7 orce- isplacement iagram
orce an correspon ing isplacement

ith a erage ultimate

After the initial phase of the experiment, we observed
similar yielding behaviour from all the test specimens.
The glass pane in upper right and bottom left corner
began to deform, and after the adhesive could not sustain
large deformations, it gradually ripped apart as shown in
Figure 8c. In this stage the ultimate force was reached.
Afterwards, pressure in the upper left and bottom right
corner grew exponentially, which resulted in large
displacements of the upper left corner of the timber
frame (Figure 8b). In two out of seven specimens cracks
in glass were observed which confirms a ductile
behaviour.

949,60

Force-displacement diagram for each test group is shown
in Figure 7. All test groups show similar behaviour. In
the first phase, after the stabilization of TG element at
low loading rate, smaller cracks on the timber frame
occur, but the stiffness of the specimen remains the
same. Specimens exhibit a linear elastic behaviour up to
the yielding point of the adhesive.
There are many methods for determination of the
yielding point. In our case a procedure from EN 12512
[9] was used. In our research the yielding force of the
specimens was around Fy = 20.7 kN. The corresponding
displacement of the test group TGW-1 was wy = 24.3
mm, while for TGW-2 group the value was wy = 27.4
mm. We conclude that a thicker layer of polyurethane
causes higher flexibility and thus more ductile
behaviour. However, after a certain thickness of the
adhesive the joint becomes inefficient and
uneconomical.
The test specimen TGW-1-T with an IGU composed of
three glass panes had an identical stiffness as TGW-1

Figure 8 a e ormation o the specimen
- - ,
e ormation in the upper le t corner, c mi e a hesi e an
cohesi e ailure o the glue line

In both test groups significant relative displacements
between the glass and timber frame occurred. From
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Figures 9 and 10, a more ductile behaviour of the TGW2 group with thicker layer of polyurethane can be
observed. However, the average ultimate load was about
the same in both groups. It is evident that the failure
occurred at the loss of the connection between the timber
frame and glass.

different adhesive joint thicknesses were used in the
parametric study.
3.1 PRELIMINARY RESEARCH

30,0
25,0

-12,0 -10,0

-8,0

15,0

N

TGW-1-T
TGW-1-1
TGW-1-2
TGW-1-3
TGW-2-1
TGW-2-2
TGW-2-3

10,0

For

20,0

5,0

-6,0

-4,0

-2,0

0,0

0,0

Dis la m nt mm
Figure 9 orce- isplacement iagram o the ottom le t corner
measure ith sensor in ig

Before the main FE analysis of TG walls began, the
investigation on the optimal mechanical characteristics
and connections was made.
Polyurethane is a highly deformable material with the
ability to sustain large plastic deformations. It was
introduced as a stress-strain curve obtained from
previously performed uniaxial tensile tests on bulk
material [10]. The FE code Solidworks contains many
material models, which can simulate different behaviour
of the same material. We investigated two types of
hyperelastic models with different material constants that
define the fit of the stress-strain curve, a non-linear
elastic model and a Bilinear Von-Mises model as shown
in Figure 11. Since Polyurethane exhibits hyperelastic
behaviour and the experimental curve was identical to
the input model of Mooney Rivlin with five or six
constants, we decided to choose the Mooney Rivlin
hyperelastic formulation.
2,0
1,6
stress (MPa)

30,0

25,0

15,0

TGW-1-1
TGW-1-2
TGW-1-3
TGW-2-1
TGW-2-2
TGW-2-3
-14,0

-12,0

-10,0

-8,0

10,0

5,0

-6,0

-4,0

Displacement [mm]

-2,0

0,0

0,0

Figure 10
orce- isplacement iagram o the upper right
corner measure ith sensor in ig

3 FINITE ELEMENT ANALYSIS
Due to the cost and limitations associated with
experimental testing, FE models have successfully been
used to represent the behaviour of TG walls.
Commercially available finite element software
SolidWorks Simulation Premium was used for the
simulation of experiments.
The main aim of the FE analysis was to investigate the
general behaviour of the composite TG wall and to
perform a parametric study. Previously performed
experiments present a good starting point for this FE
analysis. In order to get the optimal behaviour
characteristics regarding load-bearing capacity and
failure mechanisms, different size of glazing and two

Force [kN]

20,0

1,2

Experiment
Mooney-Rivlin 2C
Mooney-Rivlin 5C
Mooney-Rivlin 6C
Ogden 3C
Ogden 4C
Nonlinear Elastic
von Mises Bilinear

0,8
0,4
0,0

0,0

1,0

2,0

strain

3,0

4,0

5,0

Figure 11 umerical it o the gi en material mo el in
comparison ith the tests

A structural element should be divided into at least two
layers of tetrahedral solid elements, which makes the
meshing of screws difficult because of its small size and
consequently making a FE model large and thus time
consuming to calculate.
For more accurate results the meshing around the screws
was made with smaller finite elements as shown in
Figure 12. Modelling of screws was therefore designed
in three different ways:
- Rigid connection, representing a rigid link
between the surfaces where the screw is
positioned;
- Pin, which connects cylindrical faces of two
components (timber members);
- Screw as a solid cylindrical element, which is
modelled manually.
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the timber-glass model. Polyurethane had, because of its
small thickness, meshing boundaries ranging from 7.0
mm to 15 mm. A mesh control on the glass edge was
limited to 10-20 mm and the global mesh boundaries
were ranging from 7.0 mm to 70 mm.
3D-models of timber-glass walls were positioned and
supported in the same manner as in laboratory. Figure 14
shows the disposition of the simulation, supports and
direction of the input load. The fixture 1 (f1) represents
the steel structure shown in Figure 5. It was modelled as
a “Roller/Slider” fixture, which can move freely in its
plane but cannot move in the direction normal to its
plane. Fixture 2 (f2) was a 55 mm diameter steel tube
modelled as a hinge, which is a cylindrical face that can
only rotate about its own axis. For fixture 3 “fixed
geometry” was used, which sets all translational degrees
of freedom to zero.
Figure 12 inite element mesh o the connection et een stu
an eam

The calculation of pin connections was not successful,
however rigid connections and solid screws yield results.
The difference between the latter two was around 4%,
therefore all screwed connections in the timber frame
were modelled as rigid connections.
3.2 NUMERICAL MODEL OF A TG WALL
The timber frame was modelled as a linear elastic
orthotropic with material properties of GL24h. The
coordinate system was defined locally for each timber
element, so that the grain was oriented accordingly.
Glass and steel elements were taken as a linear isotropic
material with material characteristics from Table 1.
For thin objects, where one dimension is much smaller
than the other two, i.e. glass pane in our case, solid
elements are not advisable. Therefore a shell element
was used to simulate the behaviour of each glass pane.

Figure 14 oun ary con itions o
mounting support

ith etails o the

All contacts between solid and shell elements with the
exception of contact elements between the timber frame
were defined as bonded. Contacts between timber
elements were set as a non-penetration contact.
For the parametric study, the TG walls with different
sizes of glazing and two different adhesive joint
thicknesses were modelled. The specimens were loaded
with a vertical load at which the failure occurred in the
experiment. TGW models with the width 1.2 m were
loaded with the ultimate load of 24kN. For 2.4m wide
TGW models the expected ultimate load was 80kN,
taken from previous experiments on TG walls [4]. TGW
models with the width of 1.8 m were estimated an
ultimate load of 50kN.
3.3 RESULTS

Figure 13

eshing properties

Due to relatively different dimensions of the structural
elements, a manual selective mesh sizing was performed
to adjust the mesh quality separate for each member of

In the analysis we focused on failure mechanisms and
displacement at the free end of the specimen to compare
current and previous experimental studies [10]. The
stress-strain state was not further discussed in the paper.
In Figure 15 force-displacement diagrams of TG walls
are presented. Numerical models are marked as TGW
with the given thickness of polyurethane and the width
of the specimen.
The results of the FE simulation are compared with the
corrected results from the experiment. The rotation of
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the testing rig and the plastic deformation of the screws
were deduced. The difference here was up to 40% lower
of the measured displacement. This also proves that the
choice of anchors and screws has a big impact on the
ultimate displacement of our TG element.
30,0
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c

80
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experimental study yielding of the adhesive began
(Figure 15a).
In Figure 15b a simulation of 1.8 m wide TGW was
made. There was no previous research on TGW with
these dimensions. The predicted stiffness can still be
accurate, since we already have fairly good results of the
1.2 m and 2.4 m wide TGW. Almost linear increase of
stiffness can be observed between the 1.2 m (R=1220
N/mm), 1.8 m (R=3300 N/mm), and 2.4 m (R=5070
N/mm) wide TGW. This could be also related to the
linear elastic material behaviour of timber. The used
software was unfortunately not able to simulate
orthotropic plasticity.
In the Figure 15c a comparison between the TGW
numerical model and the research of a TGWE [6, 9] is
made. In the experiment a vertical force of 60 kN was
applied. For equal boundary conditions, a simulation
with a vertical force was carried out (TGW-5mm&2.4m
V). All other parameters regarding connections and
meshing properties stayed the same. The stiffness of
both were identical but after the initial elastic phase the
plastic deformation of the numerical simulation did not
occur.
To summarize, a good approximation of TGW general
behaviour was achieved from 0% to 50% of ultimate
force. From 50% on force-displacement curve of the
model does not show signs of plastification or any
stiffness degradation. To simulate this effect, it would be
sensible to use more advance anisotropic material model
of wood. To use this kind of advanced model, extensive
mechanical tests should be performed, which is
unfortunately beyond the scope of this investigation.
However, for an exact prediction of the TG walls
behaviour, this step is necessary in the future.
Deformed shape of the numerical model is the first
indicator of appropriate boundary and loading
conditions. This is demonstrated on the TGW with the
width 1.2 m, shown on Figure 16.

60

40
TGWE1-2

R=4920N/mm

TGW-5mm&2.4m V R=4900N/mm

20

TGW-5mm&2.4m R=5070N/mm
0

TGW-7mm&2.4m R=4890N/mm
0

10
20
Displacement [mm]

Figure 15 orce- isplacement iagram o
numerical an e perimental alues

30

alls sho ing

In test groups TGW-5mm&1.2m and TGW-7mm&1.2m
the stiffness was identical to the experimental analysis
with taking into account the correction of testing rig
deformations and without plastic deformation of screws
and timber. After 13 kN a deviation is forming, while the
stiffness of the numerical model stays the same but in the

Figure 16 e orme shape o the

- mm

m
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The deformed shape of the timber stud is almost linear as
a cantilever deformation. The relative displacement of
the IGU in the timber frame is visible on the upper and
bottom edge. Although the bottom post was not fixed in
place it displays no deformations.

thickness of a deformable adhesive like polyurethane
needs to be guaranteed.
The importance of proper integration of IGU into the
timber frame is immense. Therefore, a further research is
needed, especially in the numerical analysis of the
timber-glass walls. In order to create as accurate
numerical model as possible, the elasto-plastic properties
of timber and adhesive should be examined and precisely
determined.
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ADVANTAGES AND
COMPOSITE BEAMS

DISADVANTAGES

OF

TIMBER

GLASS

Mat ja Držečnik1, Mirosla Pr mro 2, Andrej Štrukelj3
ABSTRACT: Tendency in modern architecture is to increase the glass surface in buildings towards high living quality
and low energy consumption. The main goal of this research is to describe the structural performance of glass components
by joining the glass with supplementary material such as timber. Composite beams capable of carrying loads and resisting
stresses, and made of timber and glass, open the way to new opportunities in modern building. This concept raises new
aspects that need to be considered, such as fire resistance, moisture, bonding type and cross section.
Glass is a homogeneous isotropic material which exists in nature or is produced by different methods of glass manufacture.
Timber has specific characteristics that need to be considered to maximize the strength and stiffness capabilities of
structural elements and structural systems.
The main aim of the current study is to offer civil engineers and architects an approach how to choose the right type of
glass and a right cross section of timber webs in different conditions.
KEYWORDS: Timber, glass, composites, timber-glass beams

1 INTRODUCTION
Structural glass has got more and more importance in
modern architecture because of its transparency and
lightening functions not only in façade but also as interior
elements. The glass strudctures design is challenging
because the basic problem of glass is its unpredictable and
brittle failure behaviour. It is strong in compression, but
week in tension and this is the reason of a series studies
developt in recent years.
The fragility and the failure mode are the main reason to
use glass in cooperation with timber. Timber in such
composites provides ductility. Timber-glass composite Ibeam have been studied in present work because it is
believed that this structural bonding system could be the
best way of enhancing the performance of the two very
different elements in a unitary set.

2 TIMBER GLASS BEAMS
2.1 RESEARCH AND DEVELOPMENT
In the last few decades several projects focused on
combining glass with other material have been started.
Timber-glass composite beams were first investigated by
1

Hamm [1] in 2000 at École Polytechnique Fédérale de
Lausanne. He investigated the influence of combining
timber in glass on I-shaped beam. Eight 4000 mm long
and 250 mm high beams were tested ( ig ). All the
specimens showed a similar behaviour.

Figure 1 ypical racture pattern or tim er-glass composite
eam ith the e ma e o anneale loat glass

More detail technical research on timber-glass composite
beams was made by Kreher in 2004 [2, 3] and Natterer
[4], where wooden flanges were adhesively bonded to a
single layer glass web. All beams were 2000 mm long and
150 mm high. This concept have been applied in a roof
structure in hotel Palafitte in Switzerland ( ig ), where
the upper flanges of the beams were designed for fire-

Mateja Držečnik, University of Maribor, Faculty of Civil Engineering, Transportation Engineering and Architecture. E-mail:
mateja.zlatinek@um.si
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resistance, with dimensions sufficient to carry the load in
case of glass failure.

Figure 5 „Viennese box-type trusses“

The similar study was carried out in 2013 by Hulimka,
Kozlowski [8] ( ig 6) and also by Kozlowski and Serrano
- Linnaeus University and Glafo Institute in Sweden [9]
( ig ).
Figure 2 im er-glass composite eams in the con erence room
in the ala itte hotel

Also Cruz and Pequeno [5] studied these I-beams with
flanges of two separated wooden parts. All 15 composite
beams were 550 mm high with 3200 mm of span ( ig ).
Post initial crack strength of almost 185%, which
corresponds to an average increase of load 85% was
observed.

Figure 3 -section tim er glass eam

Blyberg and Serrano [6] also tested timber-glass I-beams
in the years 2008 - 2011 with different type of flanges,
which were made from laminated veneer lumber (LVL).
They use different type of flanges with groove inside. All
beams were 3850 mm long and 240 mm high ( ig ).

Figure 4 im er – glass eam

A new approach was presented in 2011 by Winter and
Hochhauser at the Institute of Architectural Sciences
(ITI), Vienna University of Technology [7]. The beam
was 8272 mm long and 837 mm high. The continuous
glass web was split into six glass pieces separated by
timber posts ( ig ).

Figure 6

perimental set-up o the our-point en ing test

Figure 7 oa ing scheme an testing machine or eam tests at

2.2 TIMBER
Timber is natural material, which structure, characteristics
and properties are more complex as concrete or steel,
because its properties vary along three perpendicular
axes: longitudinal, radial and tangential.
Timber has excellent construction features. Its
compressive strength is almost equal to that of concrete
but its tensile strength is significantly higher. The most
important advantage over concrete is its much lower
weight. On account of its relatively low value of the
modulus of elasticity, which is approximately three times
lover than that of concrete and twenty times lover than
that of steel, timber is not suitable for structures with
extreme spans or heights [10].
Timber is also an ideal construction material from the
viewpoint of energy efficiency since CO2 emissions in
production of a timber element tend to be approximately
two times lower that those present in manufacturing an
equivalent brick element, three times lower than in the
case of a concrete element and six times lower than CO2
emissions in steel element production. The reason lies in
photosynthesis enabling a growing tree to store CO 2
which is then released only in the burning process of the
timber mass [10].
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Timber in TG composites shows low deformation
capacity and usually presents brittle failure in the tension
side due to growth defects or finger-joints. This is the
most frequent cause of collapse of timber beams
therefore, for structural purposes of composite, it is
obvious to use the timber of good quality, without any
defects – especially knots ( ig
Through different
research can be traced two types of timber, namely solid
timber (spruce, pain) and LVL.

b)

2

σ [N/mm ]

240

glass
timber
steel

45
18

ε [‰]

Figure 9 σ-ε diagram of glass, timber and steel in compression
a an tension
raphic pu lishe in
Figure 8 inger-jointe soli so t oo

Laminated veneer lumber (LVL) is high-strength
engineered wood product made from multiple layers of
thin wood assembled with adhesives under heat and
pressure.
2.2 GLASS
Glass is also another parameter which mostly influence on
horizontal resistance and stiffness of the TG composite
elements. Combining timber and glass to get an
appropriate load bearing element is a very complex
process, because we combine two materials with quite
different material characteristics.
The stress-strain diagrams (σ-ε) for glass, steel and timber
are presented in Fig. 9a and Fig. 9b for the compression
and tension respectively. The linear simplification for
timber is made according to the σ-ε diagram for
compression and the σ-ε diagram for tension [11].
a)

2

σ [N/mm ]
800

glass
timber
steel

240

23

ε [‰]

According to the presented facts we can conclude that
there is practically “a game” between the strength and
ductility and the boundary conditions between the timber
and glass can be classified as the most important role in
designing of such composed elements [11].
Glass has no built-in warning mechanism; it can only
deform elastically or fracture. Upon overloading, the glass
will crack, but proliferation will be limited due to
dissipation of fracture energy by deformation of the
timber flanges. In view of structural purposes the surface
properties of annealed float glass may have a detrimental
effect on the bending strength of the glass panes. The goal
was to consider general behaviour and failure
mechanisms that occur in different types of glass.
Types of structural glass:
- Float glass
- Annealed glass
- Heat-strengthened glass
- Fully tempered (toughened) glass
- Chemically strengthened glass
- Laminated glass
Float glass is the most important product used in
architectural applications. The mechanical behaviour of
this type of glass is very brittle without any plastic
deformation. All researchers [1, 2, 3, 6, 8] have come to
the same failure mechanism. For all specimens of
annealed float glass the relationship between the load and
vertical mid-span displacement is almost perfectly linear
until initial cracking (see in ig
) [13].
The characteristic bending strength is 45 N/mm2.
Annealed float glass breaks into large pieces ( ig
).
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Figure 10 ypical pattern o ailure o the anneale

loat glass

Heat-strengthened glass is also pre-stressed through a
thermal treatment. It offers higher mechanical and thermal
strength than annealed glass. The characteristic bending
strength is 70 N/mm2. Although heat-strengthened glass
is not a safety glass.
Researchers Kozlowski and Serrano [9] investigated this
type of glass in TG composites. The beams with webs
made of heat-strengthened glass presented higher load at
initial cracking than the beams with webs made of
annealed float glass. However, the failure was brittle with
no waring. Thus no post-breakage strength was presented.
It is unclear whether the failure was caused by explosion
of the glass with high residual stress or tensile failure of
the timber flanges [14].
Beams with web made of safety fully tempered glass fail
immediately, with much higher total load.
Tempered glass offers higher mechanical and thermal
strength than annealed or heat-strengthened glass, while
retaining other normal properties. It has approximately
four times higher mechanical and thermal strength of
annealed glass of equal thickness 120 N/mm2.
Tempered glass has a breakage pattern of small pieces that
are much safer than the large and sharp pieces resulting
from a broken annealed glass ( ig
). It is therefore
called” safety glass”.

Figure 11 ypical pattern o ailure o the tempere glass

The research of Kreher in ig
showed that timberreinforced beams with an internal residual stress below 50
MPa are considered to fail in a ductile manner, while
residual stresses larger than 50 MPa cause brittle failure.

Figure 12 Relation o resi ual internal pre-stress an
remaining loa -carrying capacity or tim er rein orce glass
eams reher,

Edge quality influence on the glass strength. To minimize
this effect all edge were polished ( ig ). This had to be
done before the tempering process since any treatment of
heat strengthened glass leads to brittle and rapid failure.

Figure 13 olishe e ge o glass

Glass in such composites behaves as a structural
reinforcement.
2.3 ADHESIVES
At the present moment there are over 250.000 industrial
adhesives avaible on the market, which cover a large
variety of requirements. For applications in structural
glass the use adhesives reach from the more flexible
silicones to such with higher strength, like polyurethanes,
acrylates or epoxies. Depending on the geometry of the
adhesive bonded substrates, the loading level and other
exposures (e.g. moisture, temperature, UV-radiations)
these adhesive types present advantages as well
disadvantages. (Silvestru, 2014).
The adhesive brings together strength and flexibility.
When glass cracks, the adhesive bonding transfers the
tensile force. The adhesive must allow bending, shrinkage
and expansion of timber, according to loading and
humidity variations. The adhesive has to service under all
conditions and for a significant period of time. In adhesive
must be taken into account where we such composite will
be located in relation to the presence of UV rays [10].
The boundary conditions between timber and glass can be
classified as the most important factor, which beside of
material characteristics and thickness of glass panes,
influence on stiffness of the timber-glass beams.
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The parameters which mostly influence on these
boundary conditions are:
- Type of the adhesive,
- Thickness and width of the glue line,
- Position of the glass pane and consequently a
position of the glue line. [10]

3.1.2 Tim r lass ams ith ro insid th lan s
Researchers [6, 8] investigated of stiffness of specimens
with grove inside the flanges under loading.
The length of the webs was in the range of 1800 mm to
4200 mm. ( ig )

Adhesive must to show enough strength to allow a
composite behaviour between the timber and glass and
also must to be flexible enough to allow different thermal
expansions, moisture and UV-radiations.
In the report for WP4 [16] the adhesives were categorized
according to their initial stiffness into three groups: A, B
and C with low (soft adhesive with initial modulus of
elasticity < 10 MPa), medium (adhesive with initial
modulus of elasticity 100 - 500 MPa) and high stiffness
(stiff adhesive with initial modulus of elasticity 1000 5000 MPa).

3 TIMBER GLASS I BEAMS
3.1 CROSS SECTION

Figure 15 im er-glass eams

There are many ways of improving the strength of glass.
One of the influence factor is the right choice of cross
section. In previous research can be traced two different
cross section on TG I-beams:
-

Timber-glass beams with flanges attaches directly
on glass web
Timber-glass beams with grove inside the flanges

3.1.1 Tim r lass
ams
dir tly on lass

ith

lan s atta h s

Researchers [1-5, and 13] investigated the influence of
timber and glass based on I-shaped beam, where the
timber webs are directly glued to the glass flanges
( ig ).
The length of the webs was in the range of 2000 mm to
6000 mm.

Figure 14 im er-glass eams ith langes attaches irectly on
glass e

ith gro e insi e the langes

3.2 MANUFACTURING OF BEAMS
The glass must be clean, dry, free from all traces of dust
and carefully degreased. Contaminated areas must be
thoroughly cleaned before proceeding.
Tim r lass ams ith lan s atta h s dir tly on
lass
Beams were designed with a cross section according to
the drawing shown in ig
. All composite beams are
4800 mm long and 240 mm high. The glass web were 190
mm height, the edges were polished to avoid influence of
edge quality. Two types of glass was used: Annealed float
glass and fully tempered glass, according to the European
standard EN-572, with a thickness of 8 mm. The adhesive
silicone (Sikasil SG 500) and acrylate (Sika Fast 5215)
was applied using a pneumatic gun and the epoxy
(Sikadur 31) adhesive was spread with a spatula.
To ensure that the adhesive does not pass outside of the
intended area, the protective self-adhesive tape was used.
To guarantee the right thickness of the silicon adhesive
spacers of appropriate width were used.
Tim r lass ams ith ro insid th lan s
All specimens were manufactured manually in custommade stabilising steel frame consisting of a stiff I-shape
steel section and seven lateral supports mounted at every
800 mm along the steel base. Each support was adjustable
by a screw point support with a rubber disc at tis end to
protect the glass surface when mounting. Before applying
the adhesive, the flange, alike the web, was protected with
a masking tape. The adhesive was poured into the lower
flange using pre-packaged containers and static mixtures.
The glass pane was set into the groove fixed horizontally
while applying pressure vertically. Remaining adhesive
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3.3 BEAM TESTS

25
20
15
10
5

0

Bending tests were performed as four-point bending tests
with lateral supports along the beam, with a symmetric
setup. According to EN 408 the distance between the
supports should be 18 h (4320 mm) and the loading points
should be positioned at one third of the span ( ig
).
Loads and global deformation were monitored.

Anealed float glass

F [kN]

was removed and the specimen left for curing while being
hold in place. The finished specimens were stored in the
lab for approx. 70-80 days before testing. In total, twelve
hybrid timber-glass beams with three adhesive of
different stiffness (silicon Sikasil SG 500, acrylate
SikaFast 5215, epoxy 3M DP490) and two types of glass
(annealed float glass and heat-strengthened glass) were
manufactured [14].
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Figure 18 im er-glass eams ith langes attaches irectly on
anneale loat glass e

Figure 16 etup or -point en ing

The force were introduced symmetrically at 1/3 of the
span through hydraulic jacks fixed to vertical steel frames
( ig
). Apart from measuring the loads and the mid
span displacement vglobal, the curvature over a length of
1200 mm between the two loads was also measured, see
vlocal [14].

For all specimens the stiffness was liner until the first
crack occurred. This was followed by a sudden change of
bending stiffness and increase of vertical displacement.
This is most evident on silicone specimens. After glass
failure bottom flange acted as a crack bridge which
together with an uncracked compression zone of the web
and top flange allowed the beam to continue of carrying
the load. In the next stage the existing crack grew and new
crack formed in another part of the web. The existing
cracks start to propagate horizontally and start to grow
towards each other. Bending stiffness slightly decreases
gradually until final failure occurred. This is a typical
pattern for the annealed float glass. Very surprising are
the results of the increasing of ultimate loads than the
loads at first cracking.

3.4 RESULTS AND DISCUSSION

In Table 1 is presented numerical results for TG specimen
with annealed float glass. Load at first crack and maximal
load are practically independent of the type of adhesive,
but from the type of adhesive is highly dependent bending
stiffness, which are substantially increases with stiffness
of the adhesives.

3.4.1 RESULTS

Table 1 Results o the

Figure 17 scheme o test set-up or -point en ing

Tim r lass
lass

ams

ith lan s atta h s dir tly on

The specimens have been tested within three weeks after
production. They were loaded at constant rate of kN per
100 s. Loading was continued until total destruction.
In ig
the relationship between the load and vertical
displacement for annealed float glass is presented.

Specimen

specimen ith anneale

loat glass

Maximal
load [kN]

Increase
[%]

S AF 1
S AF 2
S AF 3
Mean value

Load at
first crack
[kN]
4.6
4.1
5.3
4.

15.3
18.2
15.6
1 .4

233
343
194
2

A AF 1
A AF 2
A AF 3
Mean value

5.7
5.1
6.1
.

18.5
16.5
17.7
1 .

225
224
190
213

E AF 1
E AF 2
E AF 3
Mean value

4.6
4.5
3.8
4.3

13.45
11.1
12
12.2

192
147
216
1
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In ig
the relationship between the load and vertical
displacement for fully tempered glass is presented.
35

Fully temperated glass

30
F [kN]
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20 w [mm] 40
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A_FT_03
E_FT_01
E_FT_02

60

Figure 19 im er-glass eams ith langes attaches irectly on
ully tempere glass e

In Table 2 is presented numerical results for TG
composites with fully tempered glass.
Table 2 Results o the

Specimen
S FT 1
S FT 2
S FT 3
Mean value

specimen ith ully tempere glass

Load at first crack [kN]
20.01
18.5
19.8
1 .4

A FT 1
A FT 2
A FT 3
Mean value

24.9
28.8
26.5
2 .

E FT 1
E FT 2
E FT 3
Mean value

19.04
20.7
27.8
22.

Tim r lass

ams ith ro

insid th

Specimen
E AF 1
E AF 2
E AF 3
E AF 4
E AF
E AF
Mean value

25

0

Table 3 Results o the

loat glass

Maximal
load [kN]

Increase
[%]

19.5
16.6
15.5
15.8
12.5
18.2
1 .4

110
165
30
20
5
15

specimen ith heat strengthen glass

Load at first crack [kN]
25.1
25.2
2 .2

E HS 1
E HS 2
Mean value

26.2
24.7
2 .

S HS 1
S HS 2
Mean value

20.2
19.3
1 .

3.4.2 DISCUSSION
If we compare results from this two cross section from the
researchers [14] and [15] we can observed that crosssection plays important role in composites with annealed
glass. First crack in composites with grove inside the
flanges occurs in 50% higher load at firs crack and also
higher maximal load then in composites with flanges
attaches directly on glass web.
The main conclusion of the researchers is that after glass
failure bottom flange acted as a crack bridge which
together with an uncracked compression zone of the web
and top flange allowed the beam to still carry load.
lan s

The test were run in displacement control at load rate of
12mm/min. ig
ilustrates force versus mid-span
displacement curves of all beams

Beam with safety glass fail immediately, but with higher
total load in comparison to beams with annealed float
glass.Results of the experimental analysis of first and
second types of cross-section are very similar or almost
the same. So we can conclude that here the impact of the
cross-section is not so pervasive than with annealed float
glass.
Beams with web made of heat-strengthened glass and
thermally-toughened glass do not exhibit any postbreakage strength
Tim r lass
lass

Figure 20 im er-glass eams

Load at
first crack
[kN]
9.4
7.1
12.0
13.2
11.9
16.0
11.

Table 4 Results o the

Specimen
A HS 1
A HS 2
Mean value

specimen ith anneale

ith gro e insi e the langes

ams

ith lan s atta h s dir tly on

Advantages:
Allowed the undisturbed relative deformation
between the glass and wood with temperature
changes and shrinkage
Easier assembly and disassembly in case of
damage glass
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-

The two-part web, on the other hand, allows
more contact surface with adhesive and thus
more quality implementation glued contact
between glass and wood.

Disadvantages:
Lower stiffness and load capacity
Tim r lass

ams ith ro

insid th

lan s

Advantages:
- LVL wood have much more uniform structure
and better properties in comparison to soft wood
- one-piece flange provides higher stiffness in the
transverse direction
Disadvantages:
In the groove it is impossible to control the
quality of implemented adhesive.

4 CONCLUSIONS
It can be seen from the results of all researchers that glass
can perform load-carrying function in buildings through
the combination of timber and adhesive.
For safety reasons we recommended that we us laminated
glass in such composites or at last safety glass. Glass
failure should never lead to complete collapse of the
structure.
It would certainly make sense to use LVL for the flanges,
because failure mechanism in TG composite beams, with
fully tempered flanges attaches directly on glass web, runs
by the timber. When the timber failed the glass breaks into
corn-shaped pieces. The research project on composite
timber-glass beams is based on assumption that timber
and glass work together to carry the load. Glass no longer
acts as filling, as in traditional solutions, but actively
participates in load transfer.
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STEEL-TIMBER VERSUS STEEL-CONCRETE COMPOSITE FLOORS: A
NUMERICAL STUDY
Nicka Keipour1, Hamid R. Valipour2, Mark A. Bradford3
ABSTRACT: Concrete is the most widely used construction material in the world. This material causes formation and
release of CO2 and high energy consumption during manufacturing. One way to decrease concrete consumption
negative consequences is to replace it with lower needed primary energy materials, like timber. The engineered wood
products such as laminated veneer lumber (LVL) and cross laminated timber (CLT/X-lam) with improved structural
characteristics, durability and fire resistance have made it possible for structural engineers to design and construct large
multi-storey multi-bay buildings. Use of timber in structures is beneficial from both structural and environmental points
of view. To name a few advantages, it has low carbon foot print, less energy consumption to be manufactured, less
demand of work force, deconstruction capability, fast installation and low self-weight that ultimately lead to smaller
size for structural component (e.g. beams and columns and foundation dimensions). In this paper, at first behaviour of
Steel-Timber Composite (STC) simple 2bay beam with prefabricated cross banded LVL slabs with coach screws (selftapping screws are assumed to be utilised for transferring the interface shear between the steel girder and the
prefabricated timber slab and providing a composite connection) is captured by a nonlinear finite element model and the
results are compared with similar Steel-Concrete Composite (SCC) system. Concrete hybrid structures have slightly
higher strength and stiffness in compare to timber hybrid structures; On the other hand, timber structures are lighter,
less pollutant and green to the environment, have simpler and faster and cheaper fabrication process and can be
dismantled to recycling its structural components. Moreover, in a 1bay simple beam, effect of different parameters such
as screw size, screw spacing, length of beam, timber slab and beam size on the load carrying capacity and composite
efficiency of the STC system with LVL slab are evaluated. Results show that, screw spacing effect is more than screw
size effect. In other words, in order to reach high strength and stiffness and appropriate composite action between slab
and beam, also to avoid brittle failure, it is highly recommended to use many smaller diameters screws instead of few
large diameters ones.
KEYWORDS: Steel-Timber Composite(STC), Steel-Concrete Composite(SCC), LVL, FEM

1 INTRODUCTION 123
Construction of new buildings has immensely increased
in recent years owing to population growth (especially in
large cities) and aging of the existing structures. Higher
consumption of construction materials has increased use
of fossil fuels and emitted more greenhouse gasses to the
environment. Studies of structural systems show that the
choice of construction materials directly affects the
primary energy use and the greenhouse gas emissions of
the buildings.[1] The total life cycle energy use of a
building constructed with wood, steel, or concrete
structural material analysis shows that concrete and steel
buildings used more energy than the wood structures.[2]
Recovery of biomass residues has the single greatest
effect on the primary energy and carbon balances of the
1
Nicka Keipour, University of New South Wales, Australia,
n.keipour@unsw.edu.au
2
Hamid Valipour, University of New South Wales , Australia.
3
Mark Bradford, University of New South Wales , Australia.

buildings, followed by land use issues and concrete
production parameters.[3] In addition to lower negative
impact on the environment, application of timber floors
in conjunction with modern construction materials such
as steel and concrete can be beneficial from structural
engineering point of view. The timber floors are much
lighter than commonly used concrete floors. Hence,
timber floors have lower dead load, simpler and faster
fabrication, less-demanding rigging, crane requirements
and fewer workforces. Moreover, lowering the selfweight of the structure can significantly reduce the
inertial forces induced by seismic actions that also lead
to lighter structural elements and foundation as well as
lower costs of building site preparation (including
excavation and required nailing/piling for soft or
problematic soils). Improved knowledge of the
environmental impacts of the materials and processes
associated with productive sectors including the woodbased sector is a key factor in guiding efforts towards
green production processes and green markets.[4] SteelTimber Composite (STC) flooring system is a novel and
efficient structural system that comprises of steel beams
and prefabricated timber slabs. Self-tapping screws are
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utilised to transfer the interface shear between the steel
joist and the prefabricated timber slab, providing a
composite connection with potentially near to full shear
interaction. This system has higher stiffness and ultimate
capacity, less deflection and vibration and can provide
more effective diaphragm action compared to floors
made solely from timber. Preliminary studies on
combination of steel and timber focused on the use of
steel plates as a stiffener of timber.[5], [6] However, in
recent years other aspects of STC system has been
investigated by conducting push out test on steel-LVL
composite system [7] or steel-CLT composite joints [8],
[9] as well as bending tests on STC beam.[10]
Furthermore, different types of connections for STC
floors has been proposed and tested [11], [12] and
overall behaviour of STC frames [13] and steel frames
with CLT shear walls have been investigated using finite
element model and push over analysis.[14] Accordingly,
in this study the structural performance of the steeltimber with respect to conventional steel-concrete
composite beam is assessed using a nonlinear finite
element model. In this steel-timber composite (STC)
flooring system, bolts and self-tapping screws are
utilised for transferring the interface shear between the
steel girder and the prefabricated timber slab and
providing composite action.

To model concrete and timber, concrete damaged
plasticity and hasin damage material were used
respectively. Beam web to beam flange is tied and for
beam flange to slab, surface to surface contact element
were used. 4-node bilinear plane stress quadrilateral
element (CPS4R) were used for element type and the
min mesh size is 10mm.
2.1 STEEL-CONCTERE COMPOSITE SYSTEM
For the purpose of this comparative study, a continuous
two span steel-concrete composite beam (i.e. specimen
CTB4) from Ansourian’s tests [16] is used as the
benchmark. The details of CTB4 specimens and loading
are shown in Figures 2 and 3. In the benchmark SCC
beam, concrete slab is connected to steel beam using 84
Nelson studs with 19 mm diameter and length of 75 mm.

2 COMPARING SCC AND STC
SYSTEMS
2D continuum-based finite element (FE) models of STC
beams are developed using ABAQUS [15] software and
the load-deflection response of the STC and SCC beams
were captured by the FE models. The results of STC
behaviour are compared with conventional steel-concrete
composite (SCC) beams to demonstrate the efficiency of
STC flooring system. In the finite element models,
timber (CLT and LVL) and concrete slabs, steel profiles
and support and loading and support plates are
considered under plane stress condition. To transfer
shear between the slab and beam, studs for concrete
slabs and coach screws for timber slabs were used. In all
models nonlinear springs were used to model the shear
connectors. Connectors’ behaviour is captured from push
out tests for each stud or screws with different sizes or
different slab materials.[7] Force-deflection diagrams in
push out tests were used as input for nonlinear springs.
To decrease analysis time, only one-half of the 2-span
beams were modelled due to symmetry. However,
simple 1-span beams were modelled completely, because
its analysis was not computationally demanding. The
geometric outline and finite element mesh of the simple
1-span beam is shown in Figure 1.

Figure 1: 2D FEM model in ABAQUS software

Figure 2: Cross section of the SCC beam from Ansourian’s
tests [16]

Figure 3: Elevation of the specimen CTB4 [16]

2.2 STEEL-TIMBER COMPOSITE SYSTEM
Steel-timber composite is a novel system in which
timber slabs are connected to the steel girders. In this
study, cross banded laminated veneer lumber (LVL) is
used as the timber slab and composite action is provided
by 84 coach screw with 20 mm diameter. The cross
section of the STC beam used in the parametric study is
shown in Figure 4 and loading span and configuration
are the same as benchmark SCC shown in Figure 3.
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Figure 4: Cross section of STC beam

Figure 6: Details of STC beam used for parametric study.

2.3 Comparative study

3.1 Verification of the ABAQUS model

2D continuum-based FE models of STC and SCC were
developed and analysed. The load-deflection response of
the STC and SCC beams assuming different shear
connection levels were captured by the FE models and
result are compared in Figure 5. It is seen that the STC
beam has load carrying capacity and structural
performance comparable to SCC beam.

To assess accuracy of ABAQUS model, results of
software is compared to experimental results (see
Figure 7). Experimental results for a simple STC beam
with LVL slab and screw size 12mm, spacing 250mm,
length 6m, slab thickness of 75mm and loading in the
direction parallel to LVL grain taken from the literature
were used as a benchmark.[10] Also, the FE models
were used to predict the results of steel beams, STC
beams with free slip and perfect bond (zero and 100%
interaction between beam and slab respectively) and the
load-deflections were compared with the test data and
STC beams with partial shear interaction.

Figure 5: Comparison of the SCC and STC beams

3 Parametric study on STC beams
With regard to influence of different parameters on the
loading capacity and structural performance of STC
beams, a parametric study is carried out to evaluate the
level of composite efficiency in STC beams with respect
to size and spacing of screw shear connectors. A simply
supported STC beam with the cross section shown in
Figure 6 and loaded at two points (4-point bending) is
adopted for the purpose of this parametric study. Length
of the STC beam is 6 meters. [10]

Figure 7: Verification of ABAQUS model for STC beam

In next parts, diverse parameters were studied to
evaluate STC beam behaviour: the shear connectors
spacing, screw size, length of beam (L), slab thickness
(t), steel section height (h) effect.
3.2 Effect of number of screws
To assess effect of screw numbers (spacing effect), STC
beams with 100, 200 and 400 mm screw spacing were
modelled. In each model, different screws were used.
Figures 8 to 10 show the results for coach screw 8mm
and 12mm and 16mm, respectively. These screws are
used in STC systems to transfer shear between steel
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beam and timber slab. Length of beam and LVL slab
thickness are 6m and 75mm, respectively. Steel beam
profile is 250UB25.7 for all beams.

Figure 8: Spacing effect in STC beams with screw 8mm

Figure 9: Spacing effect in STC beams with screw 12mm

Figure 10: Spacing effect in STC beams with 16 mm screw

3.3 Screw size effect
To evaluate effect of screw size separately, results for
beams with screw size 8mm, 12mm and 16mm with

different spacing (100mm, 200mm and 400mm) are
shown in Figures 11 to 13. The STC beams are 6m long
and the LVL slab thickness is 75mm and the steel beams
are 250UB25.7.

Figure 11: Screw size effect in STC beams with screw spacing
100mm

Figure 12: Screw size effect in STC beams with screw spacing
200mm

Figure 13: Screw size effect in STC beams with screw spacing
400mm
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3.4 Length of beam effect
Beams with different lengths (4.5m, 6m and 7.5m) were
modelled with screw size 16mm and spacing 200m.
Different slab thickness (75mm and 90mm) and steel
beam profile (250UB25.7 and 310UB32) were used. The
FE results are shown in Figures 14 to 17.

Figure 17: Effect of beam length in STC beams with slab
thickness 90mm and beam profile 310UB32

3.5 Effect of timber slab thickness

Figure 14: Effect of beam length in STC beams with slab
thickness 75mm and beam profile 250UB25.7

To assess effect of slab thickness, two different slab
thicknesses were considered (75mm and 90mm) and the
FE results are shown in Figures 18 to 23. Screw size and
spacing are the same in all beams (screw size 16mm and
spacing 200mm). Beam lengths are 4.5, 6 and 7.5 meter
and steel profiles in beams are 250UB25.7 and
310UB32.

Figure 15: Effect of beam length in STC beams with slab
thickness 75mm and beam profile 310UB32

Figure 18: Effect of slab thickness in STC beams with beam
length 4.5m and beam profile 250UB25.7

Figure 16: Effect of beam length in STC beams with slab
thickness 90mm and beam profile 250UB25.7

Figure 19: Effect of slab thickness in STC beams with beam
length 6m and beam profile 250UB25.7
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Figure 20: Effect of slab thickness in STC beams with beam
length 7.5m and beam profile 250UB25.7

Figure 23: Effect of slab thickness in STC beams with beam
length 7.5m and beam profile 310UB32

3.6 Steel beam profile effect
To demonstrate the influence of steel profile on the loaddeflection and peak load capacity of the STC system,
two steel profiles, 310UB32 and 250UB25.7 were
considered in the parametric study. Screw 16mm with
spacing 200mm was used in the STC beams with
different lengths (4.5, 6 and 7.5 m) with 75mm and
90mm thick LVL slab. The FE results are provided in
Figures 24 to 29.

Figure 21: Effect of slab thickness in STC beams with beam
length 4.5m and beam profile 310UB32

Figure 24: Steel beam profile effect in STC beams with beam
length 4.5m and slab thickness 75mm

Figure 22: Effect of slab thickness in STC beams with beam
length 6m and beam profile 310UB32
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Figure 25: Steel beam profile effect in STC beams with beam
length 6m and slab thickness 75mm

Figure 26: Steel beam profile effect in STC beams with beam
length 7.5m and slab thickness 75mm

Figure 28: Effect of steel beam profile in STC beams with
beam length 6m and slab thickness 90mm

Figure 29: Effect of steel beam profile in STC beams with
beam length 7.5m and slab thickness 90mm

3.7 Spacing and screw size effect
To demonstrate and compare the influence of screw size
and spacing on the load-deflection response of STC
beams, the load-deflection response of the STC beams
with different screw size and spacing are shown in
Figure 30.

Figure 27: Effect of steel beam profile in STC beams with
beam length 4.5m and slab thickness 90mm

Figure 30: Effect of screw size and spacing on the structural
beahviour of STC beams
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alternative structural systems,” Build. Environ.,
vol. 34, no. 3, pp. 335–348, May 1998.

3.8 Length of beam, slab thickness, steel beam
section effect
Beams with different lengths (4.5m, 6m and 7.5m),
different slab thicknesses (75mm and 90mm) and
different steel sections (250UB25.7 and 310UB32) were
modelled and analysed. To combine all these parameters
(length of beam (L), slab thickness (t), steel section
depth (h)), the load-deflections for beams with different
(h+t)/L ratio are plotted for all specimens in Figure 31.
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Figure 31: (h+t)/L effect in 1-span STC beams with LVL slab

4 Conclusion
The results of comparative study between SCC and STC
beams shows that the conventional steel-concrete
composite floors have slightly higher (approximately
20%) loading capacity compared to steel-timber
composite beams with identical slab and shear connector
size and spacing. However, construction of STC beams
is less demanding in terms of labour force and time.
Furthermore, the results of parametric study on simple
STC beam with LVL slab shows that between all
assessed parameters (i.e. screw size and spacing, length
of beam, slab thickness and steel section), both screw
size and screw spacing can significantly affect the
ultimate loading capacity and level of composite action
in STC beams. However, the effect of spacing is more
prominent than screw diameter in STC beams. It is
preferable and more efficient to use smaller screws with
smaller spacing rather than using large screws with
larger spacing.
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Timber-Concrete-Composite slabs – research for optimisation
Carsten Hein, Lisa Kaluzni, Brian Twohig, Arup Deutschland GmbH
ABSTRACT: Timber is an outstanding structural material with a very small carbon footprint and its strength/weight ratio
is better than other conventional materials making it ideal for pre-fabrication. Considering not only structural performance
but also acoustics, building physics, fire, façade engineering and sustainability were the reason engineers at Arup decided
to combine wood with other materials which can have many advantages, expanding the potential for wood in construction.
This paper looks at Timber-Concrete-Composite (TCC) slab systems in more detail.
KEYWORDS: Timber-Concrete-Composite, slab, H7 in Münster, Design for Disassembly, pre-fabrication

1 INTRODUCTION
This paper investigates slab structures in TCC (TimberConcrete-Composite). It reflects on research carried out at
Arup, projects with TCC slabs which have been constructed and the lessons we have learnt from research, site
visits and testing the completed buildings.
Section 2 looks into the various aspects we have to consider when working with TCC and combining these two
completely different building materials.

2 SUSTAINABILITY AND STRUCTURE

Figure 1: Simple diagram indicating the demands of different
design criteria [1]

A SLAB FOR REFERENCE: A solid flat slab for approx. 8,1m span would be designed to be 35cm. (Top left)
ACOUSTIC: Acoustic performance is the main driver
for the TCC slab design we are doing today. The required
acoustic mass is in the range of 10cm to 14cm solid concrete. (Bottom left)
DYNAMIC: In combination with the lighter and less stiff
timber beams and the concrete slab with its weight and
stiffness provide a system with very good damping properties and floor vibration performance.
FIRE: The fire concept includes exposed timber components. The design of 90 minute fire resistance is based on
“hot” design (design of the elements with fire loading),
therefore reducing the cross section by the charring layer
for the applicable required resistance (REI 30, 60, 90 etc.)

of the exposed timber elements without any additional
protection measures. The concrete slabs provide the compression chord for the composite element and at the same
time protect the top of the beam. The concrete slab itself
is required to be approx. 10cm thick to provide REI 90
quality fire compartmentation between the floors. (Top
right)
STRUCTURE: The engineering approach is to introduce
materials as required for the performance. Acoustic and
fire engineering demand the use of concrete, while the
structure can utilise the outstanding strength/weight ratio
of timber by combining these two materials in a composite structure. As well as the plate action of the floor slabs
to transfer all vertical loads to the supporting columns and
walls the diaphragm action of the concrete slabs is utilised
to link all horizontal forces to the lateral stability system
of the building. (Bottom right)
These TCC slabs have an overall self-weight of less than
50% of a conventional flat-slab.
SUSTAINABILITY: Factors like modularity, repetition,
standardised design, pre-fabrication and fast construction
speed improve the sustainability of the system. For re-use
of the construction components the TCC slabs shall also
be designed for disassembly (DfD).
Combining the properties of Timber and Concrete as outlined above indicates that TCC floors can perform as well
as conventional concrete slabs with an overall weight saving of over 50%.
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3 RESEARCH HISTORY

as concrete corbels with 18cm thickness (36cm wide to
match the beam width below). The vertical shear of each
beam was hung into the concrete slab with fully threaded
screws. As only the corners were supported the slab has
to take the loads of the two intermediate beams into the
corbels.

Figure 2: Typical TCC-slab element – First step in optimisation after completion of LCT ONE [1]

On our learning path to optimising the TCC slab we have
designed different variants of TCC systems and were able
to test most of them or have been provided with the test
results e.g. CREE provided access to LCT ONE (see point
3.2) test results to us.
3.1 LCT Research
The first TCC slab we worked on was for the Research
project of the LifeCycleTower (LCT). The LCT slab
structure spans 8.1m consists of a 180mm thick concrete
slab with 360mm × 180mm deep Glulam timber beams
below the slab acting together as a composite cross section.

Figure 3: Cross section of TCC-slab element [1]

The composite/shear connection is provided by notches in
the beams; 2cm - 3cm indentions or recesses in the timber
beams filled with cast concrete.
The German word for the notches is “Kerven” and refers
to a typical connection in traditional joinery. The notch
arrangement along the timber beam is shown in the following illustration.

Figure 4: Longitudinal section of TCC-slab [1]

The composite action is enabled by three notches per side
of the slab. The connection is relatively stiff and the first
two notches therefore take approx. 90% of the horizontal
shear force at the interface, while the third attracts only
about 10%.
The centre-lines for tension and compression are roughly
180mm apart from each other, so there is a minor out-ofplane force. The notched connection has to be secured
with vertical screws transferring this force perpendicular
to the joint between the concrete and timber.
At the corner supports the slabs cantilever across the support-line (Glulam columns in this case) and are designed

Figure 5: FE model of a slab module [1]

The image above (taken from a Finite Element (FE) analysis of the floor) shows the details described above. The
concrete slab is indicated grey, the Glulam beams are blue
and the notches are in red.
The arrangement of the notches also indicates their action
in the structural model. The first two providing the majority of the structural performance while the third one has
smaller connection forces.
The slab extends 24cm beyond the end of the beams transferring the weight of the slab into the columns, simultaneously providing a load path for the columns above and
avoiding compression perpendicular to the grain in the
beams.
The build-up of 18cm plus 18cm was driven by the acoustic requirements of the floor slab. An optimisation process
towards the end of our research project enabled us to reduce the slab thickness to 12cm and as a consequence the
timber beam depth became 24cm.
3.2 LCT ONE PROTOTYPE IN DORNBIRN, AUSTRIA
Subsequently CREE, the research collaborator for the
above mentioned research project built the LCT ONE
building in Dornbirn, Austria - a prototype based on the
research work. The local structural engineers for the execution of the project were mkp (merz kley partner) [3].
The LCT ONE is an 8-storey concrete-timber hybrid office building.
Similar to the slab system developed through the LCT research studies the 8.1m span slab comprises an 8cm concrete slab on 24cm wide x 28cm deep Glulam timber
beams connected via 3.5cm deep notches. The prototype
built in 2012 applied the general concept with some adjustments to the slab structure. The aim of the prototype
was to prove the feasibility of the chosen hybrid system
and to optimise the timber/concrete ratio.
Fire tests during the research phase had proven 80mm
concrete slab with an additional aggregate is sufficient to
withstand 90min exposure to fire. Our collaborator CREE
achieved a certification for the slab system according to
Eurocode EN 13501-2+A1 and EN1365-2. The tests were
carried out by PAVUS AG in the Czech Republic.
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•
•

Figure 6: Hybrid Slab structure after fire testing

This sample from fire testing shows the slab as developed
during research, the edge beam was developed later in the
prototype project.
The composite action is activated using the same notches
as had been used in our research. These 35mm deep recesses (finally chosen a little deeper than assumed in the
research project with ~25mm) in the timber beams were
connected to the in-situ concrete when the slab was
poured on top. Screws were used to deal with the localised
cross tension and in mid span of the beams as a constructive connection.
The support solution differed from the research by using
a concrete edge-beam to support the notched end of the
Glulam beams. To “hang” the full support/shear force into
the edge-beam, fully threaded rods were glued into the
beams with anchor plates ending in the concrete slab.
With a slab thickness of 80mm the edge beam now provides the vertical load transfer to the columns (instead of
the slab itself).

It was necessary to use concrete to stack the slab units
and columns on top of each other to avoid compression perpendicular to the timber grain in the beams.
In discussion with our collaborators from CREE we
decided to aim for separate prefabrication of concrete
and timber elements. These were the ideas when creating the image in Figure 2 introducing this section.
For a number locations in Austria, Germany and
North America we investigated this new TCC slab
concept.

5 NEXT PHASE – BUILDING IN GERMANY
5.1 H7 IN MÜNSTER, GERMANY
In 2014 Arup was commissioned to structurally design an
office building in western Germany where we as engineers could apply all lessons learned so far in the research
and prototype projects. The H7 office building consists of
a 7-storey hybrid structure with a concrete core lateral stability system. The typical structural system comprises of
6.125m spanning TCC-slabs between the load-bearing façade and the concrete beams in the centre of the building
forming part of a central concrete “spine” also providing
additional lateral stability and allows distribution of MEP
ducts in a suspended ceiling without compromising the
fire concept of using exposed timber.
The Timber-Concrete-Composite slabs consist of a 12cm
concrete slab with 24cm wide and 26cm deep timber
beams at a spacing of 135m.
The composite action is provided through a screwed connection along the timber beams. To reduce the relative
shrinkage issues previously outlined the concrete slabs are
pre-fabricated separately. A plastic element (Würth FTConnector) is cast-in to allow for the subsequent screwed
shear connections between concrete slab and the timber
beams to be installed.

Figure 7: Schematic details from LCT ONE [1]

The overall floor slab depth remained at 36cm with the
8cm concrete slab supported on 28cm Glulam beams.

4 LESSONS LEARNED ON LCT PROJECTS
After the prototype in Dornbirn was finished and tests had
been carried out, we identified a number of items in the
design that could be optimised:
• A slab thickness 80mm is possible, with the laboratory fire test results, but the additives required in the
concrete and additional acoustic measures necessary
meant it was more (cost) effective to increase the
thickness of the slab.
• For the chosen edge detail in-situ concrete on Glulam
beams was required. This introduced a significant
pre-deformation when the fresh concrete hardened
and shrunk.

Figure 8: H7, Münster, cross section rendering [5]
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does not allow the floor system to be supported through
the concrete slab if Würth connectors are used for TCC
activation.
So we had to find a way of using these elements taking
into account the GCA but not following it literally.

Figure 9: Typical pre-fabricated TCC-slab element [3]

We developed our concepts based on what we had learned
from our research and also considered feedback received
from CREE based on their experience with LCT ONE and
other similar projects.
A number of decisions were made at the start of the design
process for H7:
• Separate pre-fabrication of concrete and timber elements.
• Minimum of 100mm thickness of concrete to satisfy
fire requirements without the need for additional additives in the concrete mix.
• Further increase slab thickness if beneficial for
acoustic design and cost effective (e.g. 20mm extra
concrete per floor could offset the cost of expensive
absorbing elements in the raised floor system).
• Use screws instead of notches for the connection between timber and concrete to achieve a more ductile
connection. It was agreed with the contractor to use
an already approved system. The screws are inclined
at 60° from the vertical, taking all composite forces
generated in axial tension. No bending is introduced
into the screws and the forces resulting from eccentricity of tension and compression chord of the TCC
system can be taken simultaneously.
• Return to the design idea of using the concrete slab
as the only supporting element for the slab system –
similar to the concept investigated in research for the
original LCT research project.
The design process for the TCC slabs proved to be challenging. As the fire concept for the building went beyond
the regulations for timber buildings in state of NordrheinWestfalen, specific approval was required. In discussions
with the fire engineer, representatives from the fire brigade and the local building approval authorities a fire concept similar to the one for the LCT ONE was eventually
agreed. For the floor slab system the fire resistance class
of REI 90 was agreed, with exposed timber beams to provide 90 minutes fire resistance (R90) designed with reduced section properties caused by 90 minutes charring in
the fire condition layer of approx. 60mm, while the concrete slab provided the REI90 fire compartmentation required between floors.
The chosen FT (“Fertigteil”) connector from Würth has a
general construction approval, but does not cover R90 design (which is not yet the standard design criteria for TCC
slabs). The GCA (General Construction Approval) also

Figure 10: Bearing detail of TCC-slab element, FT connectors
on the left side, end connection on the right.[3]

On the left side of Figure 10 three inclined FT connectors
are highlighted. On the right side the two rows of screws
anchoring all vertical loads into the slab to activate it as a
corbel at the support are indicated. The vertical screws do
not contribute to the composite action as they cannot take
any horizontal loads, but the GCA for the FT connector
does not allow for this construction even if the vertical
screws are not applying the FT connector itself.
The inclined screws and its void former for pre-construction were allowed to be used for composite action but – as
explained above - the general construction approval for
the connector did not allow us to apply the edge detail we
had intended. Because of the exception for fire design we
achieved in Münster the use of the screws was not covered
in its general approval (REI 0 only). This will be optimised in the next research phase.
Together with the statutory checking engineers for structures and fire safety we agreed a design strategy to satisfy
all relevant design codes while using the FT connector to
provide a hole for the subsequent installation of fully
threaded screws
We utilised the FT connector as a void former only and
designed the connecting parts individually according to
the applicable design codes for timber, concrete and steel.
5.2 SITE VISITS AND TESTING IN MÜNSTER
We had the opportunity to visit the construction site in
Münster and also to see the pre-fabrication of the slab
units and assembly of the TCC system. We also received
feedback from the contractor.
We learned that the chosen connector had some issues
with constructability. The FT connector was originally intended for the refurbishment of wooden floors by connecting a new concrete slab for strengthening. For refurbishment works in an existing building self-compacting concrete was the material used for the slab. The original detail
was designed for a 70mm thick concrete covering, with
some on site adjustments it is allowed to be used for thicknesses up to 120mm. These adjustments proved to be insufficiently reliable in practice. Pouring and compacting
120mm of concrete in a workshop and not in an existing
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building applies different loads onto the system and damaged some of the void formers which then had to be drilled
open before connecting to the Glulam beams.
The supplier of the connector Würth also sent a representative to visit the construction site. They noted the following issues:
• The channel of the connector filled with cement wash
(or laitance) due to leakage between bottom of connector and formwork and also between the Steel
washer and plastic elements. These leakages were required to be cleaned or the connecting channel to be
drilled free for the screws as we at Arup had also observed.
• Damage to the upper lid of the connector during placing and compacting of the concrete.
• Issues with connecting the FT connector, intended for
use with 70mm slabs onto a spacer batten to adjust to
120mm slab thickness.

Figure 11: FT catalogue detail with issues found in Münster
highligthed [7]

5.3 ACOUSTIC TESTS
We were given access to the building site to carry out
acoustic and dynamic tests of the floor system. The following image shows the test build-up for the both acoustic
and dynamic tests with the measurement locations and
noise isolation enclosure indicated.

For the acoustic test of airborne and impact sound transmissions, sender and receiver room mock-ups were installed as shown in the image below.

Figure 13: 3D view and picture on site of the enclosure built
on 5.OG and 6.OG floors [1]

For all measurements it has to be noted that a bare floor,
without any floor finishes, was measured.
The noise measurements were taken in order to establish
the level of sound insulation and impact noise isolation
improvements that are achievable by adding floor finishes.
The result of the airborne sound insulation test is summarised in the table below in comparison to the DIN requirements.
Table
1:
Airborne
Sound
Test
Results
Source
room

Receiver
room

5.OG
room

6.OG
room

Apparent Sound
Reduction Index, R’w
(dB)
Criterion

Result

DIN 4109
Standard
met?
(Yes
/
No X)

48

52



Comments

It was expected the results to
be slightly better than the
DIN Standard criterion due
to the contribution provided
by the wood beams to the
overall level of sound
insulation.

The result of the impact noise isolation is summarised in
Table below in comparison to the DIN requirements.
Table 2: Impact Noise Isolation Results
Source
room

Receiver
room

6.OG
room

5.OG
room

Apparent Sound
Reduction Index, R’w
(dB)
Criterion
79

Result
79

DIN 4109
Standard
met?
(Yes
/
No X)


Comments

The slab at the moment
performs as required by DIN
Standard, in light of the
surface mass of it.

The findings of the acoustic tests confirmed the calculations carried out beforehand. The comparison of calculations and tests showed very similar results. It was agreed
to re-do the tests after the floor is fully fit-out to measure
the acoustic damping effect of the fit-out, which is difficult to reflect in the calculation, the chosen products and
quality of installation tend to produce significant differences between measurement and calculation.

Figure 12: Arrangement for acoustic and dynamic tests. The
locations of measurements will be referred to as “L”, Left =
Quarter Span, “M”, Middle = Mid Span, “R”, Right = “Room
Span” [1]

We also hope to gather data regarding the sound insulation of typical floor build-ups as we believe the supplier
information to be slightly conservative.
5.4 DYNAMIC TESTING
The dynamic behaviour of the floor slab system was also
tested. The test involved a person walking along the floor
at a set frequency along a defined path. For comparison
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we used Arup’s in-house structural software GSA to determine the theoretical Eigenvalues of the slab and calculated the footfall response factor (RF) for comparison with
the test results. As noted earlier the tests were carried out
on the bare slabs without fit-out, so we applied the selfweight of the structure only in the analysis.

For better comparison the calculations for Response Factor were carried out for approximately the same points and
walking path.

Figure 15: “L”, “M”, “R” indicate the measurement
points.[1]

Figure 14: First Eigenform of the TCC-slab with an Eigenfrequency of 11.6 Hertz [1]

The results of the analysis showed that the calculated response factor values at the survey points correlate well
with the tested data.

The Response Factor is a design parameter developed in
“A Design Guide for Footfall Induced Vibration of Structures, A tool for designers to engineer the footfall vibration”.
The Design criteria for office buildings can be found in
the excerpt below:

“3.3.2 Performance targets for floors.
3.2.2.1 Commercial buildings
If footfall vibration is intermittent and the worst vibration levels
experienced fall below R = 8, this is almost always satisfactory
for commercial buildings such as offices, retail, restaurants, airports and the like where some people are seated. This recommendation is consistent with those of the SCI 076 2, CEB, AISC
1 and Canadian Codes. This is twice the level proposed by BS
6472 8 for continuous vibration. However, there are instances
in which some people have registered complaints at this vibration level, particularly when it occurs regularly. Whilst a performance of R < 8 can be achieved with most current forms of
floor construction without special changes, checks should be
made on a case-by-case basis.
At the design stage, the vibration prediction methods proposed
here (and in other recommendations) are based on a single person walking at the most critical footfall rate. However, somewhat higher levels of vibration can sometimes be generated by
many people walking, and in busy places the vibration may be
close to ‘continuous’ rather than intermittent. In addition, for
special, high-quality spaces, a lower target is advisable to further reduce the (low) risk of complaint.
The target of R < 8 for single person excitation should therefore
be reduced by a factor of up to 2 in circumstances such as the
following:
•
Premium quality open-plan offices and when precision
tasks are to be undertaken.
•
Open-plan offices with busy corridor zones near mid-span.
•
Heavily trafficked public areas with seating.

This target might be relaxed by a factor of up to 1.5 for floors
with many full height partitions (when partitions have not been
explicitly included in the prediction analysis, as described in
section 3.3.2.4 below).”

Figure 16: Response of the slab calculated based on the three
measurement points.[1]
Table 3: Measured Results from Test:

Walking
Speed (Hz)
2.5
2
1.8

Response Factor
Left

Middle

Right

4.1
2.25
1.1

4.26
3.00
2.27

3.54
2.17
1.34

Table 4: Calculated Results from Analysis:

Walking
Speed (Hz)

Response Factor
Left

Middle

Right

2.5

2.9

4.1

3.7

2

1.9

2.8

2.4

1.8

1.6

2.3

2.0
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Given the general inaccuracies of both the testing and the
analysis (assumed support conditions and continuity between precast elements etc.) the RF results are well within
the margin of error and therefore deemed to correlate sufficiently and confirmed that our damping ratio assumption
of 1.5% was valid. There were some differences in how
the left measurement point reacts to different frequencies
with the 2.5Hz response factor of 4.1 significantly higher
than the 2.9 calculated but drops off steeply for the lower
frequencies. This may be due to an inaccuracy in the
measurement as it is only one value rather than a trend or
also possibly due to slightly different structural behaviour
at the adjacent wall support and the continuity through the
joints.
An extrapolation of the analysis model based on the current assumptions as shown in Figure 15 indicated that the
response factor of the system in its current state is within
the recommended limits and only exceeds the “premium”
space requirements in localised areas. This performance
is likely to improve further after fit-out is completed.
It is planned to repeat the testing after the fit-out is completed and we are especially interested in the damping behaviour of the entire system and how the installed fit-out
can improve the slab’s dynamic performance.
With the final fit-out tests – we aim to gather more data
including the damping effects of raised floor build-up and
lightweight partition walls.

•

•

•

For a low budget residential project which structural
walls at approx. 3m spacing we investigated concrete
slabs. No TCC action is required for such short spans
as a simple flat slab can span this 3m. We also investigated the floor build-up for acoustic performance
and found that 160mm is sufficient for acoustics with
light finishes such as a carpet or a lightweight screed
on top. This allows further simplification for larger
spans.
The next challenge was an office building with a span
significantly over 8m. With the lessons learned from
the last projects we investigated TCC slabs with 2,7m
beam spacing and a 16cm slab. The pre-fab elements
became slightly heavier (but still less than 50% of a
traditional solid flat slab) but with less parts to assemble and obvious efficiencies in the construction process. This build-up of TCC slab suggests a different
use of screws. Because of the longer span and the
spacing of the beams the connection between timber
beams and pre-fabricated slab will always align at element joints. It allows for screws with anchoring
washers to be drilled into the beams and connected to
the slab when grouting the element joints after installation.
We can also refer to the diploma thesis of one of the
authors. Lisa’s thesis investigated the following arrangement.

6 LESSONS LEARNED H7, MÜNSTER
The tests on site were very helpful and we learned that:
• The acoustic performance of the floor system is good
but the tests also indicate that any reduction of slab
thickness is not reasonable. With 120mm the test results for impact sound were just ok, a further reduction would require counter measurements during fit
out.
• The dynamic behaviour is satisfactory.
• For both acoustic and dynamic additional testing will
be valuable to gather more data, especially the overall
damping behaviour of the slab system with all elements including fit-out.
• The FT connector connection can be improved.
• The pre-fabrication worked out well but there are still
issues for optimisation.
• The approach to fire design is still demanding as the
building approval will remain a challenge in the near
future as building regulations do not foresee the use
of TCC slabs in taller buildings. The approach used
in involving approval authorities at a very early phase
proved necessary.
• The simplification of the slab units (simple geometry,
separate production, bolted connections with DfD potential, minimal concrete works on site) is good but
can be optimised even further.

7 INHOUSE RESEARCH AT ARUP
We were involved in a few smaller projects and competitions where we investigated this type of slab more closely.

Figure 17: Cross section of TCC-slab element of Lisa Kaluzni’s diploma thesis [2]

The shear connection between a 12 cm concrete slab
and 20 × 20cm Glulam timber beams is ensured via
3cm “negative” notches – protruding into the slab instead into the beam. As the notch is glued to the top
of the timber beam the effective depth of the beam is
not reduced. Furthermore the outer notch can be
moved to the very end of the beam because the horizontal shear of the composite action is transferred
through the notch itself. With this “negative” notch
the composite load is introduced at compression interface concrete – timber at the right side of the notch
– see Figure 18.
With this approach a combination was found between
the notches designed according to codes only without
GCAs and a bolted connection that can be unbolted
for disassembly after use (DfD).
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•

Prototype and test options in collaboration with the
university.

To visualise the optimisation see the drawings below from
H7. Can we optimise the systems as indicated here?
Figure 18: Longitudinal section of TCC-slab (last “negative”
notch marked in red) [2]

•

•

In collaboration with the two parties involved in the
construction of H7 – Brüninghoff and Würth – we
will further collaborate on the development of the FT
connector.
We are also working together with Technical University Berlin and one of its Professors, Volker Schmid,
who do their own research in the area of TCC construction. This will allow a comparison of the results
and test data.

8 RESEARCH AGENDA
We aim for a smoother and quicker approval process in
future buildings - not only discussing with the authorities
at an early phase of design but also to prepare a guideline
including the lessons learned on the projects mentioned in
this paper to help achieve more straight forward building
authority approval that does not depend on a General Construction Approval but on the relevant building codes and
the structural design only.
The building regulations in Germany are currently being
re-drafted and the first one (in the state of Baden Württemberg) is already in place which allows for much easier
application of Timber as a building material and TCC systems.
With all the lessons learned and noted above we are currently developing a research agenda. We aim to work on
this research with external collaborators such as contractors and suppliers and will continue to liaise with the
Technical University of Berlin to investigate our next generation of TCC system.
The key points for further TCC Research have been identified as:
•
•
•
•
•
•
•

Further simplification, simpler details
Investigate alternative slab thickness – can 140mm or
160mm improve acoustic performance and are these
more suitable for larger spans beyond 8m or 9m?
Less elements – less pouring concrete on site (diaphragm action with steel connections instead of concrete ring beams)
Further improve Design for Disassembly (DfD)
Optimise the type of connection – FT connector
(Würth has already developed a few proposals based
on their side visits in Münster)
Include design for R90 fire resistance
Design in BIM. All construction processes will be
BIM controlled and automated in future projects (if
they are not already) and planning in BIM will reduce
interfaces.

Figure 19: Optimising the TCC-slab element: Can the centre
beam be omitted? [3]

Figure 20: Optimised cross section of TCC-slab element: If the
centre beam can be omitted the remaining two beams can be
slightly wider [3]

With a slab of more than 120mm, which is likely to be the
case for longer spans, the number of beams can be reduced
because the concrete slab can span up to 2,5m or 3m. This
allows wider beams without increasing the amount of material. And wider beams allow easier connection as the
core beam without the charring layers can still receive two
rows of screws.
The support bearing of the TCC-slabs will remain the
same as for H7 and is conceptualised through an indirect
support, laying the concrete slab edges on the façade and
concrete beams while the timber beams are hung via fully
threaded screws.
The high proportion of pre-fabricated slab-elements allows for a quicker construction period. Therefore the
completion of the interior fit-out in the lower floors can
begin right after the TCC-slab elements are installed.

WCTE 2016 e-book | 5193

9 PERSPETIVE
The TCC-slab is and will remain a pioneering slab system
that can be included in several structural concepts. Therefore it is essential to combine the research on site with
contractors’ feedback. Testing and measurements give
valuable indications of real life performance that can be
used to calibrate calculations in accordance with the results. In addition research within Arup as well as in collaboration with universities and other industrial partners
will generate the foundation to optimise the structural system based on the lessons learnt.
Previously mentioned aspects such as modularity, Design
for Disassembly and pre-fabrication will improve the
TCC slab performance and its acceptance for “normal”
projects and finally become a regularly accepted construction system.
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GLULAM SLEEPERS COMPOSITES FOR USE IN BRAZILIAN RAILWAYS
Felipe Icimoto1, Fabiane Ferro2, Carlito Calil Júnior3
ABSTRACT: This paper aims to evaluate glulam sleepers made of Pinus oocarpa and the behavior of adding glass
fiber in the mechanical properties of glulam sleepers manufactured with Pinus sp., both of them glued with phenolresorcinol adhesive Cascophen LT-5210 and compare the obtained values with the standard values of the Brazilian
Standard ABNT NBR7511: 2013 - Wood sleepers - Requirements and test methods. The Pinus oocarpa glulam
unreinforced sleepers (GU) reached values of Grade II for the use as railway sleepers, but they were very close to
ABNT NBR7511: 2013 limits. According to the results, the use of glass fiber until 1% increased the MOR property to
glulam sleepers, but aiming to increase bending stiffness, as well as the ability to hold rail fasteners, it will be
necessary, the gradual increases of the glass fiber ratio up until the recommended by the bibliography, 3,3%.
KEYWORDS: Glulam sleepers, Pinus sp., Wood sleepers, Planted forests species, Glass fiber reinforcement.

INTRODUCTION 1 23
The first railway in Brazil was built by Baron of Maua in
April 1854, with 14.5 km in length the Maua’s Railroad
connected Rio de Janeiro to Petropolis, [1].
The railroad providing a lower cost per ton compared to
road transportation, being it characterized by low
friction, resulting from running steel on steel, it provides
the possibility of forming extensive convoys, hauled by a
single motor unit, and enabling significant energy
savings.
The countries with largest railway network are presented
in Figure 1.
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countries like Argentina (a country three times smaller
than Brazil). In Brazil, the fifth largest country of the
world with 8.51 million square kilometers [3], the
railroad is very important to provide lower products
transportation costs and might be the differential to
increase the country’s economic potential.
About 84% of Brazilians live in cities. However their
transportation is mainly made by roadway system,
causing traffic jams and waste of time, showing the
railroad importance [4].
Brazilian railway network is composed by 13 freight
transport operators with 27,000 kilometers long and 16
passenger transport operators with 980 kilometers,
carrying 2.7 billion of passengers in total in 2013[5].
The Brazilian railway network is shown in Figure 2.
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Figure 1: Countries with the greatest lengths of the railway
network.
Adapted: [2]

Brazil ranks the eleventh position among the countries
with largest railway network world wide, behind
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Figure 2: Brazilian railway network map
Source: [6]

Sleepers are structural elements of great importance in
the railroad, with the purpose of receiving the loadings
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of railway vehicles. High durability, strength and
stiffness in bending, dampen vibrations, suitable electric
insulation, keeping the distance unchanged between rails
(gauge) by fixing, being held but not excessively stiff,
are characteristics mainly found in timber. In this way,
railway companies prefer the use of timber sleepers.
In Brazil, most of the sleepers are from tropical
hardwoods, such as Maçaranduba, Aroeira, Ipê and
Jacarandá.
The abundance of wood always located near the railroad,
did not worry businessmen although over the years there
has been an increase in wood consumption, leading to
the need to consider increasing the service life [7]. Due
to offer reduction of good quality tropical hardwood for
sleepers, it forces the logistic operators to use sleepers
made of concrete, steel and polymers, although wood
sleepers the only ones made by 100% renewal raw
material.
Due to recent environmental problem of illegal
exploitation of these species, and the use of reforestation
wood from planted forests, the need for using new
materials and other woods to serve this demand arose,
such as the wood of Eucalyptus planted forests, are in
progress.
Eucalyptus wood species have been being planted in
Brazil since 1904 by Edmundo Navarro de Andrade who
started this tree planting for supplying the necessity of
electrification poles, charcoal and sleepers to Paulista
Railway Company [8].
Each Eucalyptus sleeper for the use in Brazillian
railroads shows different behaviors depending on the
species, for example: Eucalyptus paniculata has reached
the values for class I, the species Eucalyptus cloeziana,
E. urophilla and E. grandis have reached values for class
II and Eucalyptus rostrata has not reached minimum
strength for the use as railway sleepers according to
Brazilian sleepers standard [9].
In Brazil the two most planted genres are Eucalyptus and
Pinus. Pinus has some advantages over Eucalyptus, such
as: easiness of machining, excellent penetration and
interaction with adhesives and high retention of
preservative treatment.
Being the sleepers a structural product and a wood
product, many of the recommended standards can and
should be applied to it in order to use wood in its most
reasonable form.
In 2012, the Eucalyptus and Pinus planted forests in
Brazil took 6,664,812 ha, being 76.6% for Eucalyptus
and 23.4% for Pinus [10].
Solid sawn Eucalyptus sleeper is commonly used in
Brazil, but until now it was not found records about solid
sawn Pinus for the use as sleepers, probably due to its
low strength and stiffness to this structural application.
One way to apply Pinus as structural element is the use
of glulam, providing uses which were not possible
before.
The bending strength of glulam beams can be increased
by up to 61% with the addition of 1.1 % E-glass FRP
(GFRP) and by up to 119% with the addition of 3.3%
GFRP, and the bending stiffness increased by up to 17%
[11].

Recently new researches are growing to suggest the use
of fiber composites as an alternative material for railway
sleepers. These developments might be subdivided into
new sleepers made by combining materials with fiber
composites and existing sleepers materials with fiber
composites wraps [12].
This study focuses on the evaluation of the behavior of
glass fiber addition in the mechanical properties of
glulam sleepers manufactured with Pinus sp. and phenolresorcinol adhesive Cascophen LT-5210 and compare
the values obtained with the Brazilian Standard values of
the ABNT NBR7511:2013 - Wood sleepers Requirements and test methods [13]. This standard is
based on AREMA: 2009 Manual for Railway
Engineering [14].
The glass fiber fabric ratio in relation to the cross section
area used in this study was from 0% to 0,94%, being it
lower than recommended values (from 1% to 3.3%),
having in mind the optimization of glulam sleepers
production in large scale, taking into consideration a
satisfactory ratio between technique and finance of the
glass fiber use.

1 MATERIALS AND METHODS
This study was developed in Wood and Timber
Structures Laboratory (LaMEM), Department of
Structural Engineering (SET), School of Engineering of
São Carlos (EESC), University of São Paulo (USP),
located in São Carlos city, State of São Paulo, Brazil.
The experimental program included the evaluation of the
properties: modulus of elasticity (MOE), modulus of
rupture (MOR), screw pullout (Ra90), density (ρ) and
delamination test of solid sawn timber sleepers (ST),
glulam unreinforced sleepers (GU) and glulam sleepers
with glass fiber reinforcement (GR). Table 1 shows the
types of tested sleepers.
Table 1: Investigated sleepers

Sleepers
Solid sawn timber
Glulam unreinforced
Glulam reinforced

ST
GU
GR

samples
6
6
6

Glulam unreinforced sleepers and solid sawn timber
sleepers are made of Pinus oocarpa, planted in the city
of Catalão, state of Goiás - Brazil and glulam reinforced
sleepers are made of Pinus sp., planted in the city of
Itararé, state of São Paulo - Brazil. Both of them treated
with CCA.
The sleeper dimensions corresponding to metric gauge:
(L) 2000 mm x (a) 160 mm x (b) 220 mm. (Figure 3).
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Where:
a = height
b =width
L =length

Figure 3: Metric gauge sleeper dimensions
Source: [11]

The lamstock lumber used to made glulam sleepers were
classified visually according to Brazilian Standard
ABNT PN 02:126.10-0001-1 Timber: Visual and
Mechanical Grading Test - (draft) [15], that is being
developed by the Brazilian committee of technical
standards of ABNT, CE 02: 126., determining 3 visual
grade levels:
a)
b)
c)

Figure 6: Glass fiber fabric

Glass fiber roll should be cut at the same width of the
sleepers (Figure 7).

Structural Grade Nº1 (S1);
Structural Grade Nº 2 (S2);
Structural Grade Nº 3 (S3);

Figure 4 shows the classified lamstock.

Figure 7: Glass fiber roll

The glass fiber was set varying quantity and localization
in flatwise sleeper cross section (Table 2).
Table 2: Glass fiber fabric localization
Figure 4: Classified lamstock

The sleeper was made in 7 layers, the first and last layers
using S1 lamstock, set on the top and bottom of the
sleeper cross section, due to the greatest normal stresses
(tension and compression), the second and penultimate
layers using S2, in the three central layers using S3
(shear zone). Figure 5 shows the assembly layout.

Figure 5: Assembly layout by visual grade

The bi-directional glass fiber used has a grammage of
200g/m² (Figure 6);

Glass
fiber
layers

% of glass
fiber related
cross section

GR1

1

0,31

GR2

2

0,63

GR3

3

0,94

Sample

Fabric layout

Layers of glass fiber fabric are applied between the most
external top lamstock (compression region) and, between
the most external bottom lamstock (tension region).
Usually the fabric layout is applied on the bottom to
improve strength and stiffness in bending, but in this
study it was also applied on the top to analyze the
increase in the screw fixing.
1.1 Glulam sleepers assembly
The gluing process was made in laboratory applying
manually. Firstly the adhesive was applied on the first
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lamstock, second put the glass fiber fabric and third was
applied adhesive again (Figure 8a and 8b). Following an
industrial process, the fabric was applied between
lamstock using the glulam adhesive Cascophen LT5210. Then the next lamstock is glued until penultimate
(Figures 8c and 8d). Finally in the last two lamstock was
repeated the sequence lamstock-adhesive-glass fiber
fabric-adhesive-lamstock (Figure 8e).

Figure 9: Sleepers pressing

Finally, the sleepers were tested after 15 days, this
period is important for the adhesive reaches its complete
curing.
1.2 Glulam sleepers characterization
(a)

(b)

The sleepers were characterized following ABNT NBR
7511:2013 - Wood Sleepers - Requirements and test
methods’ guidelines. The mechanical properties
investigated were:
(1) Modulus of Elasticity (MOE);
(2) Modulus of Rupture (MOR);
(3) Screw Pullout (Ra90).

(c)

(d)

The quality of bonding was investigated according to the
recommendations of the new Brazilian Standard
proposal of Glulam testing method, PN 02:126.10-00015 Glued Laminated Structural Timber: Test Methods
[16], that is being developed by the Brazilian committee
of technical standards of ABNT, CE 02: 126. The
property investigated was (4) Delamination.
Physical property characterized was following the
methodology
of
Brazilian
Standard
ABNT
NBR7190:1997 - Design of timber structures Requirements and test methods [17]. The physical
property investigated was (5) Bulk Density (ρ).
1.2.1 Static bending test

(e)
Figure 8: a) Adhesive application on the first lamstock;
b) Putting first fabric and adhesive application; c) next
lamstock; d) Penultimate lamstock; e) Gluing completion.

The sleepers were pressed following recommendations
of the manufacturer of adhesive (Figure 9).

This test aimed the determination of strength (MOR) and
stiffness (MOE) in bending static test. This test consists
of applying a load at the center of bi-supported beam,
measuring the deflection in relation to the applied load.
Figure 10 shows this according to Brazilian Standard test
ABNT NBR 7511:2013 - Wood Sleepers - Requirements
and test methods.
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Figure 10: ABNT 7511:2013 Static bending test
Source: [13]

Figure 11 shows the static bending test.
Figure 13: Screw pullout test

1.2.3 Delamination test
This test describes a method for measuring the effects of
accelerated cyclic exposure (vacuum-pressure soak/rapid
dying) on the bonds of samples from glued laminated
timbers, determining the quality of bonding. Figure 14
shows delamination test according to the Brazilian
Standard proposal [14].

Figure 11: Static bending test

1.2.2 Screw pullout test
This test aimed to determine ability to resist withdrawal
for the rail fastening system. The screw is fixed in
normal direction to the grain (Ra90). Figure 12 shows the
Brazilian Standard test ABNT 7511:2013 - Wood
Sleepers - Requirements and test methods.

Figure 14: PN 02:126.10-0001-5 Delamination test
Source: [16]

Figure 15 presents the delamination test.

Figure 12: ABNT 7511:2013 Screw pullout test
Source: [13]

This test is shown in Figure 13.
Figure 15: Delamination test

2 RESULTS
The values of bulk density (ρ) for sleepers tested are
compared with Pinus oocarpa wood at the Brazilian
Standard ABNT NBR 7190: 1997 - Design of timber
structures - Requirements and test methods (Figure 16).
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The Brazilian Standard ABNT NBR 7511: 2013 – Wood
Sleepers - Requirements and test methods, establishes
two grades for strength and stiffness to wood sleepers.
Table 3 shows the values to tested properties and the
standard values.
Table 3: Values of Brazilian Standard ABNT NBR7511:2013

Figure 16: Bulk density

The glulam sleepers showed greater density compared to
the ST, due to the classification of the lamstock that
compose them. It also observed that the sleeper of solid
wood presents important cracks on the top and a large
portion of pith, as we can observe in figure 17, while the
advantage of the glulam sleepers is that we can grade the
lamstock avoiding these wood characteristics for this
structural application.

NBR GI
7511 GII
Adopted: [13;14]

Mechanical properties
MOE
MOR
Ra90
(MPa)
(MPa)
(kN)
13000
50
30
10000
40
25

Figure 19 presents the Brazilian Standard values and the
results of bending stiffness (MOE) for the tested
sleepers.

Figure 19: Bending stiffness results

Figure 17: Solid sawn Pinus sleeper

Most of Eucalyptus solid sawn timber sleepers, during
the moisture content variation present cracks throughout
its extension sufficient to cause the disconnection
between the screws and sleeper (Figure 18) [16].

The sleepers didn’t reach minimum the values of MOE
according Brazilian Standard ABNT NBR 7511: 2013 –
Wood Sleepers - Requirements and test methods.
Compared to Grade II the ST sleepers had a value 69%
lower, GU 11% lower, GR1 12,5% lower, GR2 28%
lower and GR3 35% lower. It can be justified by density,
which graphic density observed (Figure 16) has the same
behavior compared to MOE graphic (Figure 19). For
MOE the added quantity of glass fiber was not enough to
increase the bending stiffness.
Figure 20 presents the Brazilian Standard values and the
results of bending strength (MOR) for the tested
sleepers.

Figure 18: Solid sawn Eucalyptus sleeper
Source: [9]

This problem that occurs in some wood species might
cause opening of the rail gauge and therefore a train
derailment, compromising the safety of the railway.

Figure 20: Bending strength results

Related to MOR it was observed that GR, in average,
presented strength values at around 18% higher than GU
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and 27% co higher comparing to ST, justifying the use
of glass fiber reinforcement.
Figure 21 presents the results of screw pullout in normal
direction.

Figure 21: Screw pullout results

Related to the screw pullout property (Ra90), GR1
presented values 17% higher than GU and GR2, 33%
higher than GR3, and 60% higher than ST.
Figure 22 shows the summary of the results compared to
ABNT NBR 7511: 2013 - Wood Sleepers Requirements and test methods.

bending stiffness. The Pinus oocarpa glulam
unreinforced sleepers (GU) reached values of Grade II
for the use as railway sleepers, but they were very close
to their limits. Therefore it is recommended to use only
lamstock classified as S1, or use another specie of wood.
The wood of Pinus sp. planted in Brazil treated with
CCA, the phenol-resorcinol adhesive (Cascophen LT5210) and glass fiber reinforcement had good interaction
with each other, showing no quality problems in the
bonding delamination test.
The samples didn’t reach the MOE minimum values,
showing the importance of lamstock mechanical
classification together with visual classification before
made glulam sleepers. The use of glass fiber increased
the MOR property to glulam sleepers, but aiming to
increase bending stiffness, as well as the ability to hold
rail fasteners, it will be necessary, in the next researches,
the gradual increase of the glass fiber ratio in relation to
the cross section area, up until the recommended, by the
bibliography, 3,3% limit.
Glulam sleepers with glass fiber reinforcement can be
effective to decrease the natural variability of wood.
With more research and developments the glulam as an
alternative for the production of sleepers may widen the
use of reforestation wood in applications where only
tropical hardwoods are used.
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Figure 22: Summary of the results

The results show that up to 0.93% of glass fiber
reinforcement isn’t sufficient to increase these tested
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Table 4 shows the results of the delamination test.
Table 4: Delamination test.

Sleepers
GU
GR1
GR2
GR3

Delamination (cm)
0
0
0
0

%
0
0
0
0

The delamination test showed that all the sleepers did
not suffer opening in the glue line, also not having
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AN INNOVATIVE HYBRID TIMBER STRUCTURE IN JAPAN
: EXPERIMENTS ON THE LONG TERM BEHAVIOR IN BEAM
Kohei Uchimura1, Shinichi Shioya2, Tomoka Hira3
ABSTRACT: Hybrid composite glulam timber reinforced using deformed steel bars and epoxy resin adhesive (RGTSB),
was significantly developed in Kagoshima University. A long term laboratory investigation on a 4.5-meter-span hybrid
timber beam and a non-hybrid timber beam was started from August 2011. The beam was made of RGTSB and another
was of conventional glulam timber. Test in early three months promoted creep deflection in the beams, by causing
mechano-sorptive creep by humidifying in test room, in order to reveal effects, which the deformed bars suppress
deflection in the RGTSB beam. This paper presents the results and observations of the long-term test. The deformed
bars was revealed to suppress effectively the flexural creep deformation in timber. Also a simplified calculation method
is presented to predict the deflection-time curve of RGTSB beam under long-term loading, using the curve of conventional
glulam timber beam. The approximations showed reasonable agreement in the results of the RGTSB beam.

KEYWORDS: Hybrid timber, glulam, glued-in rod, deformed bar, creep, experimental investigation, calculation model

1 INTRODUCTION 123
Japanese cedar is one of rapid grown species, which was
planted much in Japan, 5-6 decades ago. In Japan, there
is, at present, a biggest concern about utilizing the cedars
as structural glulam products for timber structure.
However, most of the cedars are low-grade on stiffness
and strength for structural members, due to the rapid
growth.
On the other hand, many designers desire innovative
timber members and their structural systems for buildings,
with slender members such as reinforced concrete or steel
members.
One of reinforcement techniques for Japanese cedar’s
glulam timbers would be using deformed steel bars
(deformed bars) and adhesives, which improve flexural
stiffness and strength of timber members [1-2].
Shioya, i.e. one of authors, proposed the structural system
and the construction for buildings, with Reinforced
Glulam Timber Structure system using Steel Bars
(RGTSB, nicknamed “Samurai” in Japan); constructed
the first prototype building of two-way frame structure
using the system in cooperation with Yamasa Mokuzai
corp as shown in Figure 1.
RGTSB can be extremely efficient in long-span beams,
however, design of the long beams may be governed by

serviceability limit states and the deflection under longterm load which is one of the serviceability criteria.
The long-term behaviors of timber beams depend on a
number of phenomena such as creep, shrinkage or
swelling effects in timber.
On the other hand, creep of steel is extremely little at air
temperature, therefore steel bars embedded and bonded in
RGTSB would be expected to suppress the flexural creep
deflection in the beams. This paper presents results of
long-term experimental investigation on RGTSB beam
(4.5 meter span), using mechano-sorptive creep.
2-D22
4-D22
L-Column’s Bottom

L-Column(with10-D22)

Figure 1: The first prototype building utilizing RGTSB “Samurai”
in 2014
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Vertical Force F

Figure 2(a): Specimen configuration and set-up
Table 1: Material testing - Deformed bar: D16

Deformed bar（SD295）
Young's modulus Yield strength Tensile strength
(N/mm2)
(N/mm2)
(N/mm2)
5
358
620
1.84×10
Table 2: Material testing - Glulam timber

Timber（E65-F255)
Young's modulus
Flexural strength
(N/mm2)
(N/mm2)
7.77×103

52.8

2 BACKGRAND
Several researchers have tried to develop hybrid
composite timber [1-6]. M. Kaestner et al. have
developed hybrid composite timber beam glued deformed
bars and reported the short-term loading experiment on
the beams [1]. S. Goto, et al. conducted long-term loading
test on timber beams glued deformed bars with epoxy
resign adhesive, however they reported the bars would not
clarified to suppress the creep deflection [2]. T. Tanner et
al. have investigated long-term performance on TimberConcrete-Composite beam, however, have not proposed
the prediction method for creep deformation of them yet
[4]. Hoyle et al. [7] conducted creep experiments under
conditions of cyclic relative humidity, and found that
creep for cycled specimen greatly exceeds creep for uncycled specimen.

Figure 2(b):Detail of LVDT set-up

Figure 3: Specimen cross-section and reinforcement for
bearing

3 EXPERIMENTAL PROGRAM
3.1 MATERIALS
Glulam Timbers were made of Japanese cedar lamellas
glued together with resorcinol resin adhesive; the grade of
Glulam Timbers was arranged according to E65-F255
(JAS). Deformed bars embedded in timber were SD295
grade; nominal diameter, 16mm.
Adhesive between the bars and the lamellas was twocomponent liquid epoxy resin.
3.2 SPECIMENS AND SETUP
Two beam specimens were scaled down at ratio of a half
and tested in long-term under four-point flexural bending
as shown in Figure 2. Figure 3 shows the beam sections.
Specimen BN was a conventional glulam timber, and
Specimen BR was composed of RGTSB.

Figure 4: Vertical loading set up at mid-span, strain gauges,
LVDT

WCTE 2016 e-book | 5204

Figure 5: Loading moment at mid-span – lapsed days

3.3 LOADINGS
Vertical force F, in Figure 2, was loaded to mid-span of
the H-steel on the beams, using principle of lever. The
load was controlled monitoring the load-cell (Figure 2).
Loading bending moment-lapsed days at mid-span of
beam, is showed in Figure 5. The loading was separated
up the following four stages as a result, in order to reveal,
in early, the effect of the deformed bars suppressing the
long-term deflection due to creep. The loading to
specimen BN was planned as a standard, based on
results of preliminary bending laminar test;
Specimen BR was coincided with the specimen BN,
on curvature at the mid span.
Stage I：Loading to BN was planned flexural stresses at
the mid-span, to be 15N/mm2: 28.4% of experimental
flexural Strength fu; fu=52.8 N/mm2 in lamellas. Loading
to BR was adjusted as curvature at the mid-span to be
equalled to that of BN, measured by displacement
transducers, however the deformed bar in BR exceeded
slightly yield strain. Then, the loading ratio of BN to BR
was 1:2.
Stage II：Just after then, un-loadings in both specimens
were conducted in order to be long-term behaviour
without yielding in BR, and re-loadings were conducted as
the following step; to be 15.5% in the 1th; 18.6%, in the
2nd; 20.5%, in the 3rd; 21.5%, in the 4th ; adjusting the midspan curvatures on BN and BR to be same, using average
curvatures by the strain-gauges at the mid-span; in the 4th,
the loading ratio of BN to BR was 1:1.6. The long-term
deflection in both specimens could not be observed clearly
until 7 days lapsed in the 4th step.
Stage Ⅲ：In order to boost the deflection using mechanosorptive effect[7], the humidity in the test room,
2.0x2.0x5.5m room size , was varied from 56% to 84% in
RH, by humidifying under stage II-last loading, in the 4th
step.

Stage IV：The humidifying was stop on the 120 lapsed
day from experiment-start, and lasted under stage II, until
July 2015.
3.4 MEASUREMENT
Main recorded data was as follows: vertical load, by loadcell; deflection and bending angle at the mid-span, by
displacement transducers; flexural strain and shear strain
on timber in the beams, by waterproofing strain-gauges,
and longitudinal strains on the deformed bars in BR at the
mid-span, by strain gauges; these deflection, angle, and
strain were measured on the front side and back side of
the specimen in Figure 2b. Relative humidity and
temperature in the test room, by devices; moisture content
by timber brocks in stage III.

4 RESULTS
4.1 BENDING STRAIN DISRITUTION
Figure 6 shows flexural strain distributions at the midspan, which were measured at both front side and back
side in Figure 2b, respectively; in BR specimen, also
strains of top and bottom bars. Open marks are on timber;
solid marks are on the deformed bars embedded in BR in
Figure6
The followings are found.
At initial loading in the stage I;
Figure 6a indicates the distributions at bending moment,
15.4kN･m in BN, 23.1kN･m in BR at mid-span, on the
first day. The distributions on timber were approximately
line; in BR, the strains on deformed bars were nearly 20%
greater than them on timber.
At long-term loading in the stage III;
Figure 6b indicates them at 15.9kN･m in BN, at 28.2kN･
m in BR, on the 112 days. The distributions on timber
were also linear; the strains on the bars were nearly equal
to the timber. Figure 6c shows changes form Figure 6a to
6b: the changes were nearly equal to line.
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a)At initial loading in the stage Ⅰ

b)At long-term loading in the stage Ⅲ

c)Changes from Figure 6a to Figure 6b

Figure 6: Flexural strain distributions in cross sections at mid-span

4.2 BENDING MOMENT- CURVATURE
CURVES
Figure 7a shows bending moment- curvature curve at
mid-span in the stage I, using the strain-gauge curvature:
solid lines indicate experimental results; blue dot-dash
line, elastic-stiffness experimental result for BN; red dotdash line, stiffness obtained by adding a calculated
increase due to reinforcing bars to the blue line stiffness.
The red dot-dash line stiffness could predict the stiffness
of BR with over 10% error.
Figure 7b shows the bending moment- curvature curves in
term from stage I through III; Figure 8 shows the
curvature-lapsed days; Figure 9 shows changes in relative
humidity, moisture content and temperature. It was noted
clearly that the curvature in BN, non-reinforced, increased
at beginning of the stage III, humidified, however that of

BR, reinforced, did not increase much, although bending
moment of BR was 1.7 times of that of BN.
Some small changes in the stage III on the curve were
caused by adjusting the level of lever arms with long-term
deflection increasing.
These data reveal that the deformed bars glued in RGTSB
can diminish extremely the long-term deflection in timber
beams.
4.3 MID-SPAN DEFLECTION.
Figure 10 shows deflection-lapsed days at the mid-span,
measured at upper surface and bottom surface of the
specimens, respectively; solid lines indicate the upper; dot
lines, the lower. Difference between the upper and the
lower began to occur at the beginning in stage III, at each
specimen, due to swelling effect [8], with increasing
moisture content in timber blocks in Figure 9
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a): At initial elastic loading in stage 1
Figure 10: Deflection-lapsed days at mid-pan

b): From stage 1 until stage Ⅲ
Figure 7: Bending moment-curvature at mid-span
Figure 11: Creep coefficient-lapsed days: curvature
and deflection at mid-span

4.4 CREEP COOFFICIENTS

Figure 8: Curvature – lapsed days at mid-span

Figure 11 shows creep coefficient-lapsed days of the
curvature and the deflection to compare them; solid lines
indicate them of the deflection; doted lines, the curvature.
Initial elastic curvature and deflection were assumed to be
them measured in stage I corresponding to loading at the
beginning in stage III. The deflection creep is more than
the curvature creep, because, we think, the deflection
includes shear deformation at ranges except the min-span
and bearing deformation at loading point in the timber.

5 PREDICTION FOR CREEPS
5.1 CONCEPTION FOR CALUCULATION
Imaging that a mechanical model composed of a wooden
uni-axis spring and a steel uni-axis spring resist to
constant Force F such as an weight, without rotating as
shown in Figure 12a, deflection, δo, corresponding to F is
expressed as follows:

0 

Figure 9: Changes in relative humidity, moisture
and temperature

F
( KW  K s )

(1)

where Kw is spring constant of the wooden spring; Ks
is spring constant of the steel spring.
In above, compatibility of deformation between the
wooden spring and the steel spring is assumed.
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Furthermore, assuming that Kw degrades due to creep,
and the reduction coefficient, αt, of Kw decreases with
increasing the loading period, t, the deflection, δt, at the
period t, is expressed as follows:

t 

F

(2)

(at  KW  K S )

In these situation, the creep coefficient, φ, can be defined
as follows:



KW  K S 
t

 0 at  KW  K S 

K 
1  S 
K
W 
 

KS 

 at 
KW 


b) Flexural springs

(3)

Figure 12: Mechanical springs models for calculation
for creep coefficient in RGTSB beams

(4)

section, the product of the inertial moment of the bars to
the neutral axis in beam and Young’s modulus of the bars;
3) EIw was flexural stiffness of timber in the beam,
measured experimentally in BN, non-reinforced; 4) αt
was inverse of wooden creep coefficient on curvature Φw,
measured experimentally in BN in Figure 11

In the above, Equation 4 was derived using the uni-axis
spring model. The creep coefficient, Φ b, for two
elements resisting to bending moment as shown in Figure
12b, also, can be derived by using EIw and EIs in place of
Kw and Ks in Equation 4, as follows:


EI 
1  S 
EI W 
b  

EI 
 at  S 
EI W 


a) Axial springs

Figure 13 shows comparison of Long-term curvaturelapsed days at mid-spam in BR: Red line is calculation;
broken line is experiment, removed the influence of
deformed bars yielding plastic strains in stage I, in Sec.
3.3. The calculation has approximated the experimental
result. Equation 5 is referred to be able to predict the
effect of deformed bars suppressing the flexural creep
deflection in RGTSB beam, by selecting appropriately
creep coefficient of timber in the beams.

(5)

where EIw is the initial flexural stiffness of the wooden
element; EIs is the initial flexural stiffness of the steel
element; αt is the reduction coefficient to EIw due to
long-term loading; αt is less than 1.0.
Equation 4 indicates that the creep coefficients, Φb,
decrease gradually toward 1.0 with EIs/EIw increasing:
Φ b is 1.0,i.e. no creep. If bond stiffness and bond
strength between the deformed bars and lamellas are
extremely sufficient, the deformed bar can suppress the
flexural creep deformation in RGTSB beam,
corresponding to the amount of the bars. We have already
reported that both bond stiffness and bond strength using
epoxy resin adhesive are sufficiently to design RGTSB
beams for shear force, based on bar-slip test in lamella or
glulam timber blocks [9] and Navier hypothesis is
effective in RGTSB members [10].
5.2 IMPLEMENTATION AND COMPARISION
Long-term curvature-lapsed days curve in BR, was
calculated as follows:
1) curvature at lapsed days was equal to the product of
the initial curvature and Φb by Equation 5; 2) EIs was the
flexural stiffness of the deformed bars calculated in beam

Figure 13: Comparison between experiment and
calculation on flexure curvature - lapsed days
at mid-span in BR

5.3 CREEP COEFFICENT WITH STEEL RATIO
Deflection in conventional timber beams increases under
long-term loading; the creep coefficient, Φw, is generally
set a value from 2.0 or 3.0 according to environmental
conditions in design. The deflection increases by the
creep, however, RGTSB increases flexural stiffness of
the beams and suppresses the creep. This suggests that
the long-term deflection in RGTSB beam,δ RG, can be
significantly minimized to conventional beam .

Figure 14 shows flexural creep coefficients, Φb,
calculated by Equation 5, with steel ratio increasing in
RGTSB beam, such as beam section shown in Figure 15:
the creep coefficient of timber, Φw, is 2.0 i.e. αt, 0.5 or
3.0 i.e. αt, 0.33; ratio of Young’s modulus in deformed
bar to timber, n, is 19.5 or 31.5, these indicate ratio of
steel to Douglas pine or Japanese cedar; pt or pc indicates
ratio of the top or bottom bar area to beam section.
The creep coefficients, Φb, decrease gradually toward
constant values with pt, pc increasing, respectively. The
coefficient at pt, pc=2.0% in case that n was 31.5, was
minimized to 1.14 for Φw =2.0; 1.31 for 3.0.
5.4 INCREASE OF ELASTIC－
－FLEXURAL
STIFFNESS IN RGTSB BEAM

Basic-calculation method for reinforce concrete members
can predict easily and concisely the flexural stiffness of
RGTSB beam, with Navier hypothesis and modulus of
materials: timbers and deformed bars. This is because
timber tensile strength is extremely greater than the
compression; no crack occurs until near the ultimate in
beam, never seen in concrete.
Figure 16 shows increasing ratio, λe, of elastic-flexural
stiffness without long-term as increasing pt and pc, in the
beam section in Figure 15; pt, pc and n are same as
described in Sec. 5.3. The ratio λe is found to increase
proportional to pt and pc. The timber with n greater than
others indicates to be lower-grade than others. The lowergrade of timber in RGTSB beam is, the more flexural
stiffness of the beam is referred to increase effectively
with pt and pc increasing.
5 .5

LONG-TERM FLEXURAL STIFFNESS IN
RGTSB BEAM

Conventional glulam timbers degrade their stiffness
themselves under long-term loading. Figure 17 shows
decreasing ratios of δRGT to δo with steel ratio pt and pc
increasing;δRGT indicates deflection in the RGTSB beam
under long term loading;δo, initial elastic deflection in
the conventional timber beam with same depth and width
in the RGTSB beam; δ RGT / δ o are calculated using
Equation 5 , considering the effect in elastic of reinforcing
bars in Figure 15 and the only flexural deformations; Φw
and n were assumed in Figure 17. The ratio at pt,
pc=2.0% indicated 0.28: the deflection in RGTSB beams
under long-term loading was suppressed to 28% of the
initial elastic deflection in the conventional beam.
Figure 18 shows increasing ratios of RGTSB beam to the
conventional beam on flexural stiffness under long-term
loading. The ratio at pt, pc=2.5% applied in the first
building in Figure 1 indicate 7.7; this suggests that depth
in RGTSB beams would be designed to nearly half of the
conventional timber beam.

Flexural creep coefficient, Φb
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Steel ratio pt, pc (%)
Figure 14: Flexural creep coefficients, Φb,
with steel ratio increasing in RGTSB beams

pt=at/(B･D)
pt=pc
ac：Cross-section area of steel
bars in compression zone
at：Cross-section area of steel
bars in tensile zone

Figure 15: Example beam section for calculation of
creeps, flexural stiffness in RGTSB beam

Steel ratio pt, pc (%)
Figure 16: Increasing ratio of elastic-flexural stiffness,
λe, without long-term in loading RGTSB
beams
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Steel ratio pt, pc (%)
Figure 17: Reduction ratios of flexural deflection
including creep influence with steel ratio
increasing in RGTSB beams

6 CONCLUSIONS
The paper presented long-term experimental investigation
on hybrid composite reinforced glulam timber (RGTSB)
beam.
From this research, it was verified that:
1) using mechano-sorptive effect was extremely
available to reveal creep characteristic of hybridcomposite timber RGTSB under long-term loading;
2) reinforcing deformed bars glued in RGTSB
suppressed flexural deflection under long term
loading: the creep coefficient of RGTSB beam was
1.27 when that of conventional glulam timber was
1.72, under test in this paper;
3) prediction method for flexural creep coefficient of
RGTSB beam was proposed, and the calculation by
it predicted fairy good the experimental results;
4) flexural creep coefficient of RGTSB beam was found
to converge a value decreasing, by increasing steel
ratio in the member, based on calculation by the
method.
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EXPERIMENTAL STUDY ON DYNAMIC BEHAVIOR OF WOODEN
HORIZONTAL HYBRID STRUCTURE
Yoshihiro Yamazaki1, Hiroyasu Sakata2, Shoko Hiyama3,
Sayoko Sawada4 and Di Wu5
ABSTRACT: In Japan, construction of wood structures for public buildings is encouraged for environmental reason.
Low-rise large wood buildings sometimes involve RC cores to enhance the seismic performance and the fire resistance.
In this paper, the seismic resistant performance of horizontal hybrid structure is demonstrated through shaking table test
of scaled specimens. At first, one third scaled specimens of shear walls and floor diaphragms were tested. Then, shaking
table tests of three-story and three-span specimens was conducted. Three types of specimens with different arrangement
of shear walls and different stiffness of floor diaphragm were tested. The performance was discussed by referring to
maximum displacement, shear force distribution and vibration modes. In all specimens, 50 to 70% of seismic force
acting on wood part was transmitted to core through floor diaphragms, which led to good seismic performance.
KEYWORDS: Hybrid structure, Seismic performance, Large wood building, Vibration mode, Shaking table test

1 INTRODUCTION 123
In Japan, wooden buildings have been built mainly as
small detached houses so far. However, construction of
wood structures for public buildings is also encouraged
for environmental reason. Low-rise large wood buildings
sometimes involve RC cores to enhance the seismic
performance and the fire resistance as shown in Figure 1.
Most of seismic force acting on wood part are expected
to be transmitted to RC core through floor diaphragms.
Therefore wood part just has to withstand vertical loads
and the reduced lateral loads, which realizes wide and
open space with less shear walls in wood part. However,
there are some problems in structural analysis since
wood structure and RC structure have large difference in
stiffness, weight and other vibration properties. For
example, while floor diaphragms are generally assumed
to be infinitely rigid, floor diaphragm of wood structure
is not enough stiff to satisfy the assumption. Moreover,
floor diaphragm has to have strength enough to transmit
seismic force action on wood parts to core parts through
the diaphragms.
A prototype of such wooden horizontal hybrid structure
was presented by Architectural Institute of Japan in 2012
[1]. Through the seismic design procedure of the

prototype, it was revealed that the evaluation of seismic
force distribution was quite difficult. Therefore the
authors proposed evaluation method of seismic force
distribution of horizontal hybrid structure using
continuous model [2]. In this paper, the seismic
performance of horizontal hybrid structure is
demonstrated through shaking table test of scaled
specimens.
In chapter 2, elemental tests of scaled specimens is
introduced. One third scaled shear wall and floor
diaphragm are tested. In chapter 3, experimental plan of
shaking table tests on horizontal hybrid structure is
introduced. Three types of specimens with different
arrangement of shear walls and different stiffness of
floor diaphragm are tested. Although RC cores are
represented by steel jigs in this experiment, shear force
between wood part and core part are able to be measured
by load cell. In chapter 4, experimental results of
shaking table test is presented. The performance is
discussed by referring to maximum displacement, shear
force distribution and vibration modes.

Core parts
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Wood parts
Figure 1: An example building of wooden horizontal structure
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Architectural Institute of Japan(AIJ) provided a
prototype of hybrid structures of wood and RC as shown
in Figure 1. It intends three-story school building having
RC core parts. Wood parts consist of glued-laminated
timber's framing and plywood sheathing walls and floor
diaphragms. The timber beams and the core parts are
connected by conventional bolts connections. We set a
specimen modelled by this building.
Specimens of shear walls and floor diaphragms were
tested, which were one third scaled. The elevation and
the detail of the connections are shown in Figure 2. Bolts
and metal parts are hidden in wooden members because
of fire resistance. Parameters for shear wall specimens
are the number of stories and walls. The one for floor
diaphragm specimens is nail pitch. 33, 50 and 100mm of
pitches were tested. Although three-story three-span
structure is considered in shaking table test stated later,
two-story frame and two-span floor diaphragm subjected
to point load at the top are tested here. They are
equivalent in terms of base shear force and
corresponding overturning moment.

Plywood (t=9mm)
Nail (d=2.1mm, L=32mm,
pitch = 50mm)

Plywood (t=12mm)
Nail (d=2.1mm, L=32mm) (C)
(A)

2628

2.1 SPECIMENS AND TEST METHOD

Details of the connections are the same as the ones of
elemental test specimens (Figure 2).
Total weight of specimens were 23.7 to 25.2 kN
including additional weights of 7.3kN on 2nd and 3rd
floor and 4.6kN on roof which were concrete blocks.
The blocks represented equally distributed live loads and
were fixed on floor plywood so that they did not prevent
rotation of each plywood.

1820

2 ELEMENTAL TESTS OF SCALED
SPECIMENS

(B)
Two-story frame with two walls

Two-span floor diaphragm

Column (60x60mm)
Beam (60x150mm)

2.2 TEST RESULTS
Shear force-deformation angle relation of typical
specimens are shown in Figure 3. The hysteresis loops
are similar to the one of real scale specimens. Any
failures did not occur up to 1/50rad. Finally, tensile
failure of bolt connections was observed in the case of
specimens with small nail pitch. The scaled specimens
were likely to behave as expected.

3 EXPERIMENTAL PLAN OF
SHAKING TABLE TESTS ON
HORIZONTAL HYBRID STRUCTURE
3.1 SPECIMENS
According to our previous research, natural periods of
wood parts and core parts are quite different, and the
seismic behavior of two parts can be evaluated
separately [2]. Therefore only the wood part was
represented by one third specimen and core part was
represented by steel jig as shown in Figure 4. One side of
the wood part is connected to core part. Wood part
consists of glued laminated timber frame. Core part is
designed so that it has much larger stiffness and natural
frequency compared to the ones of wood part. Three
types of specimens with different arrangement of shear
walls and different stiffness of floor diaphragm were
tested as shown in Figure 5.
Elevations of specimen is shown in Figure 6. Transverse
frame is provided with plywood sheathing walls whose
thickness is 9mm. The nail's diameter is 2.1mm and
length is 32mm, which is fastened at 100mm intervals.
Longitudinal direction is moment resisting frame with
semi-rigid column and beam connections. Horizontal
diaphragm is plywood sheathing floor whose thickness is
12mm. The same nails as the one of shear walls are used.

One-story frame with two walls
Plate washer
(33x33mm)

Two-story frame with four walls

Anchorage metal
(16x16mm)
(A)
(B)

Screw bolt
(d=6mm)
Base plate
Plate washer
with shear ring
(24x24mm)

Plate washer
(33x33mm)
(C)

Plate washer Screw bolt
(24x24mm) (d=6mm)

Figure 2: Specimen of wall/floor diaphragm test

Q (kN)

Q (kN)

Q, R

Q, R

R (rad*103)
Q, R

R (rad*103)

Nail@100mm

(a)
Figure 3: Shear force-deformation angle relation of shear
wall(a) and floor diaphragm(b)

(b)
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Weights (Total19kN)

3.2 MEASUREMENT
Measurement instruments and their arrangement is
shown in Figure 7. Shear deformation of each frame was
measured by wire-type displacement transducer
connected in 45degree direction (Dw). Relative
displacement of specimen was also measured by lasertype displacement transducer (DL) as backup. Shear
force of shear walls in 1st story and floors at X4 frame
were measured by shear load cell (Qw and Qf). Shear
strain on plywood at the center of shear wall was
measured by strain gauges (S), which were used for
estimation of shear force of shear walls in upper stories.
Shear force and shear deformation of each shear wall are
defined as Qi,Xj, δi,Xj with respect to each location. i is
floor number and j is frame number, respectively.
Similarly, shear force and shear deformation of each
floor diaphragm are defined as QZi, δZi as shown in
Figure 7(b).

3.64m

2.73
m

Core part
(Steel jig)
1.82m

Input

Figure 4: Setup of shaking table test (Specimen No.1)

Core

X4

Nail pitch

X3
@150mm
X2

No.1

X1

2

The number
of walls

Core

@50mm

2

No.2

2

2

Core

@150mm

2

No.3

2

0
0
4

Figure 5: List of specimens
1213

1213

1213

910

Post(60x60mm)：
Spruce

910

910

1820

Beam(60x150mm)：
Scotch pine

Plywood (t=9mm)
Nail (d=2.1mm, L=32mm) @100mm

Plywood (t=12mm)
Nail (d=2.1mm, L=32mm) @150mm(No.1,3)/50mm(No.2)

(a) Transverse direction (No.1 and No.2)
Figure 6: Elevation of specimens
Y1

A

DW

Y2 Measurement X1
frame

S
DL

Nw

(b) Longitudinal direction

X2

X3

A

X4

Q3,X1,
δ3,X1

Q3,X2,
δ3,X2

Q3,X3, Q , δ
Z3
Z3
δ3,X3

Q2,X1,
δ2,X1

Q2,X2,
δ2,X2

Q2,X3, QZ2, δZ2
δ2,X3

Q1,X1,
δ1,X1

Q1,X2,
δ1,X2

Q1,X3, QZ1, δZ1
δ1,X3

Qf

Nf

X4

Core part (Steel jig)

Ds

Da

X3
A

Input
X2

Qw
Input

(a) Elevation in transverse dir.

Shear load cell

Steel beam

(b) Elevation in longitudinal dir.

Figure 7: Measurement and definition of shear force and deformation

X1
Y1

(c) Plan

Y2

DL

Dw : shear deformation
of frame
DL : Relative
displacement
A : Acceleration
Qw : Shear force of wall
Qf : Shear force of floor
S : Shear strain of
plywood
Nw : Axial force of bolt
in wall
Nf : Axial force of bolt
in floor
Da : Axial deformation
of connection
Ds : shear slip of
connection
(*) Da and Ds were
measured only in
No.1
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3.3 INPUT MOTION

Pseudo acc. (cm/sec2)

Uni-axial input motion was applied to the specimen.
Artificial earthquakes having response spectrum as
shown in Figure 8 were used. Since the specimen was
one third scaled, 1/√3 times time scale was considered.
The intensity of input motions are characterized by the
peak ground acceleration (PGA). PGA = 0.1g, 0.2g, 0.4g,
0.6g and 0.8g were applied. White noise motions having
0.05g PGA were also applied in order to obtain basic
vibration characteristics.

Target

Fundamental period
of three specimens

Period (sec)

Figure 8: Response spectrum of artificial earthquake (PGA =
0.4g)

3.4 ADEQUACY OF MEASUREMENT OF
SHEAR FORCE
Figure 9(a) shows comparison of total extercal force
measured by acceleration meter Ftot and by load cell Qtot.
Ftot is calculated as summation of acceleration at each
node multiplied by the corresponding mass. Qtot is ΣQ1,Xj
+ ΣQZi which are directly measured by shear load cell.
They show close agreement each other.
Figure 9(b) shows relation between summation of shear
strains of plywood in 1st story Σγ1,Xj and shear force of
the frames measured by load cell ΣQ1,Xj. Strong lineality
between them is observed, and the slope of the graph
means calibration factor to convert shear strain to shear
force of the frame. The measurement system is likely to
work well.
ΣQ1,Xj
(kN)

Ftot, Qtot (kN)

Time (sec)

(a)

Solid : Acc. (Ftot)
Dash : Load cell (Qtot)

Σγ1,Xj (μ)

(b)

Figure 9: Adequacy of measurement of shear force (ex: No.2,
0.4g) (a) Comparison of total external force measured by
acceleration meter Ftot and by load cell Qtot (b) Relation
between summation of shear strain of plywood in 1st story and
shear force of the frame measured by load cell

4 EXPERIMENTAL RESULTS OF
SHAKING TABLE TESTS ON
HORIZONTAL HYBRID STRUCTURE
4.1 MAXIMUM DISPLACEMENT AND
MAXIMUM INTER-STORY DRIFT ANGLE
The maximum displacement of wood part during each
input motion is shown in Figure 10. The shape of the
maximum displacement seems to be dominated by the
1st mode which is a quarter of sine wave [2]. When
PGAs of inputs were less than 0.6g, the maximum
displacement of three specimens were close. Specimen
No.2 showed a good performance during the test
procedure with a slow and steady increment of node
displacement. Unlike specimen No.2, both specimen
No.1 and No.3 had a major increment in displacement
when the input rise from 0.6g to 0.8g.
Table 1 shows the maximum inter-story drift angles
during each test procedure. The maximum drifts mainly
occurred at X1 of 1st floor for specimen No.1 and No.2.
In specimen No.3, however, the maximum drift angles
were mainly largest in X2 frame, and the maximum drift
angle of 2nd floor increased rapidly when the PGA
varied from 0.6g to 0.8g, which was also caused by the
lack of shear walls between the middle studs as expected.
Table 1: Maximum inter-story drift angle
PGA
Model
3F
2F
1F
PGA
Model
3F
2F
1F

0.2g
No.1
No.2
No.3
1/1563 X1 1/1515 X1 1/1136 X2
1/416 X1 1/384 X1 1/581 X1
1/312 X2 1/333 X1 1/416 X2
0.6g
No.1
No.2
No.3
1/500 X1 1/515 X2 1/333 X2
1/142 X1 1/156 X1 1/128 X2
1/87 X1
1/89 X1
1/86 X1

No.1
1/862 X2
1/250 X1
1/185 X1
No.1
1/208 X3
1/94 X1
1/41 X1

0.4g
No.2
1/847 X2
1/192 X1
1/125 X1
0.8g
No.2
1/312 X2
1/113 X1
1/65 X1

No.3
1/588 X2
1/277 X2
1/142 X1
No.3
1/192 X2
1/61 X2
1/50 X1

Note. The X* means the position where the maximum drift
occurs

4.2 SHEAR FORCE-DEFORMATION RELATION
OF SHEAR WALL AND FLOOR
DIAPHRAGM
Figure 11 shows shear force-deformation relation of
shear walls in 1st story and floor diaphragm at X4 frame.
Deformation in farther shear wall from core and in upper
floor diaphragm was large. In the case of PGA0.4g
motion, all elements showed almost linear behavior.
No.2 has larger floor stiffness owing to the small pitch of
nails.
In the case of PGA0.8g motion, some of elements show
stiffness degradation and slip hysteresis loop. No.3
shows largest stiffness degradation because of the less
number of shear walls and the lack of shear walls in inter
frame. Acturally, minor pullout of nails in shear walls
and floor diaphragms were observed, and some of bolts
got loose after PGA0.8g motion.
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(a) Specimen No.1

(b) Specimen No.2

(c) Specimen No.3

Figure 10: Distribution of maximum displacement

Floor diaphragm

Shear wall
No.1

-1/120rad

1/120rad

-1/240rad

-1/240rad

No.2

No.3

No wall

No wall

Figure 11: Shear force-deformation relation of shear wall and floor diaphragm (Unit: kN and mm)

After the test procedure, some damages were observed in
shear walls and floor diaphragms such as minor pullout
of nail and uplift of plywood as shown in Figure 12.

(a)

(b)

Figure 12: Damage after test procedure (a) minor pullout of
nail (b) uplift of plywood in wall

PGA0.4g
PGA0.8g

4.3 DISTRIBUTION OF INERTIAL FORCE
Figure 13 shows distribution of inertial force acting on
wood part at i-th floor Pi, total force acting above i-th
floor Qi and Qi divided by weight above i-th floor Ai,
respectively. Ai is generally called shear coefficient
distribution, and it is normalized by A1 (i.e. A1 = 1).
Ai at the top floor was not so high compared to normal
multi-story buildings. The maximum values was 1.25 in
No.1 subjected to PGA0.4G. Base shear coefficients of
each specimen subjected to PGA0.4g which were
calculated as Q1 divided by total weight were 0.65, 0.92,
0.75, respectively. According to the response spectrum
(Figure 8), it is likely to reach 1.0 if the structure is
linear SDOF system having 5% damping. Although
specimens showed linear behavior as stated before, their
base shear coefficients were not so high as expected
from the response spectrum. Note that most of seismic
force acting on wood part are transmitted to core part as
stated later. Therefore shear walls in wood part just have
to share more reduced seismic force.
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Inertial force acting
on wood part at i-th
floor Pi
Floor

Total force acting
above i-th floor Qi
Floor

Qi divided by
weight above i-th
floor Ai
Floor

No.1
3

No.1
No.2
No.3

No.2

Floor

No.3

Floor

3

3

2

2

2

X1 X2 X3

1

(a) PGA0.4g
Floor

Floor

X1 X2 X3

Ratio
0

1

0.5

1

X1

Ratio
0

Wood
part

1

0.5

1

Core
part

Ratio
0

1

0.5

(a) PGA0.4g
Floor

Floor

3

Floor
X1

Floor

3

3

2

2

2
X1 X2 X3

1

Ratio
0

Floor

X2 X3

0.5

1

1

X1

Ratio
0

Wood
part

0.5

1

1

Core
part

Ratio
0

0.5

1

(b) PGA0.8g

(b) PGA0.8g

Figure 13: Distribution of external and internal force
along the height

Figure 14: Ratio of seismic force shared by wood
part and core part

4.4 RATIO OF SEISMIC FORCE SHARED BY
WOOD PART AND CORE PART

4.5 NATURAL FREQUENCY AND DAMPING
RATIO

Figure 13 shows ratio of seismic force shared by wood
part and core part. Seismic force shared by wood part of
i-th story means the one resisted by shear walls in i-th
story. The rest is seismic force shared by core part,
which is transmitted to core through floor diaphragms
above i-th floor. The ratio is calculated using maximum
values of each element's response.
The averaged ratio of core part along the height is about
50% to 70%. Therefore the original intention of
horizontal hybrid structure are clearly realized. Ratios of
core part of specimen No.2 are a little larger than the
ones of specimen No.1 as expected, which is owing to
high stiffness of floor diaphragm.
Ratios of wood part in upper floor were increased as the
input motion became large. This is caused by stiffness
degradation of floor diaphragm in 3rd floor.

Figure 15 shows the variation of natural frequency and
damping ratio of 1st mode of the three specimens during
the experiment. They are identified by analysis in white
noise motion before earthquake inputs and after each test
procedure. The frequency of three specimens all
demonstrate a decrease during the test series with
increasing PGAs, which indicates the damage
accumulation and stiffness degeneration of the structures.
The frequency of specimen No.3 drops more rapidly
than specimen No.1 and 2 after input with PGA of 0.2g,
which shows specimen No.3 is more vulnerable to strong
ground motions. The natural frequency of specimen
No.2 is a little higher than specimen No.1 due to its stiff
floor diaphragm, and for the same reason, the specimen
No.2 remained its dynamic properties well during the
test procedures.
Damping ratio in initial state of all specimens were about
7%. They were increased with increasing PGAs, which
is the same tendency as the one of natural frequency.
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mode is dominated by both the wood structure and the
steel frame as shown in Figure 16. However, the
stiffness degeneration rates of each part are usually
different. If the frequencies of the two parts are close
enough, “frequency crossing” may happen when hybrid
structure is subjected to strong ground motions. This
issue will be discussed in the further study in more detail.
No.1

No.3

Figure 15: Natural frequency and damping ratio of 1st mode
of each specimen before earthquake inputs and after each test
procedure

4.6 VIBRATION MODE
Figure 16 demonstrates the vibration mode of specimen
No.1 and 3 before the test procedure. The vibration
modes of specimen No.2 are mainly the same as
specimen No.1 although they are not shown on the
picture.
It can be seen that the 1st mode of specimen No.1 and 3
is basically the same. The maximum displacement
occurs at X1 of 3rd floor. The displacement decreases
almost linearly from 3rd floor to 1st floor and from X1
to X4.
The vibration shape of the 2nd and 3rd mode shows
several difference between the two specimens. The
displacement of specimen No.3 is larger than specimen
No.1 in the middle of 1st floor. It is apparent that the
lack of shear walls between middle studs make it easier
for the middle parts of the structure to participate into the
vibration.
In normal conditions, the frequencies are discrete and
independent for the different parts of hybrid structure,
which make it possible to analyze the different part
separately [2]. However, it should be pointed out that
because of its unequal distribution of mass and stiffness,
the horizontal hybrid structure may have many degrees
of freedom even with a few stories and small scale,
which makes the natural frequency hard to identify as
well as the vibration modes. Modal analysis are
recommended to be conducted in multiple methods. Both
transfer function and stochastic subspace identification
method are used in this paper.
In all the three specimens, the initial 1st and 3rd mode is
mainly dominated by the wood structure while the 2nd

Figure 16: Vibration mode of the first three modes in specimen
No.1 and No.3 before earthquake inputs

5 CONCLUSIONS
In this paper, seismic performance of horizontal hybrid
structure was discussed. The followings are findings of
this research.
1) If shear walls are located only in opposite side of
core(like specimen No.3) instead of equal distribution
with small intervals(like specimen No.1), it leads to
the small number of shear walls to satisfy same
maximum deformation in moderate earthquake.
However, such specimen was more damaged in large
earthquake.
2) Response base shear coefficient was not as high as
expected from the response spectrum because of the
low modal mass ratio, which had been predicted in
our previous research [2].
3) 50 to 70% of seismic force acting on wood part was
transmitted to core through floor diaphragms.
Therefore not only performance of shear walls but the
one of floor diaphragms clearly contribute to seismic
force resistance capacity.
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STUDY ON MECHANICAL PROPERTY OF BOLT CONNECTOR FOR
TIMBER-CONCRETE COMPOSITE STRUCTURE WITH INTERLAMINATION
SLIPS
Guojing He1, Lan Xie1,*, Alice Wang2, Jin Yi1, Yuanyuan Li1, Lvlin Xiang3
ABSTRACT: A timber-concrete composite structure (TCC) is a high strength and low energy-consumption structure,
which is developed widely in Europe and America. The objective of this paper is to predict structural response with
finite element (FE) analysis and provide shear property of TCC structures with Chinese materials. In this paper, some
experiments have been done to provide the material property of timber and concrete, then the finite element model was
built with the software ANSYS to analyze the connector property of the timber-concrete composite structure with
interlamination slips. All constitutive laws of materials in the finite element model were assumed as elastic-plastic with
parameters according to experimental mean values to study the nonlinear behavior of TCC structure. Additionally,
push-out tests with different diameters and length of connector bolts were conducted to predict the failure mode and the
mechanical property of connector bolts and validate the correction of shear strength from the finite element model. This
study indicates that the shear capacity of the bolts increases as the bolt diameter and length increases. The finite element
analysis can predict the shear strength of the bolt in a satisfactory way.

KEYWORDS: Timber-concrete composite structure, shear strength, bolt connector, finite element model

1 INTRODUCTION 123
In timber-concrete composite structure (TCC), concrete
slab and timber joist are combined with different
connectors, which are crucial for the property of the
composite structure. The concrete slab is in the pressure
zone and timber in tension zone when in service.
Because of the introduction of concrete, the strength has
increased. Besides, it is the product that has high energy
efficiency and can significantly reduce CO2 emissions
[1].
Numerical models for the TCC structure have been
proposed [2-4]. The finite element (FE) model with a
probabilistic analysis methodology was used to predict
TCC structural response [5]. TCC push-out samples and
beams with nails or bolts have been tested by Mascia et
al. [6] to study the bridge property. Fragiacomo [7]
conducted two upgraded full-scale TCC floors with SFS
screws to characterize the behavior under short-and
long-term loading. Jorge et al. [8] investigated the
*

Corresponding author: Lan Xie, Ph. D candidate, College of
civil engineering and mechanics, Central South University of
Forestry &Technology, 498 Shaoshan Road, Changsha, Hunan
410004China, lily.csuft.xie@gmail.com
1
College of civil engineering and mechanics, Central South
University of Forestry &Technology, Changsha, China
2
Wood Technology and Engineering, Luleå University of
Technology, Skellefteå, Sweden
3
Fujian Forestry Vocation Technical College, Nanping, Fujian,
China

differences of load-carrying capacity and the slip
modulus of connection between lightweight aggregate
concrete (LWAC) - and normal weight concrete (NWC)
-timber composite structures with screw connectors.
The aforementioned models are used with some special
programs to get the characteristics of TCC structure. It is
an easier way to predict the shear property of TCC
structures with FE analysis. In the paper, the finite
element model was built with the software ANSYS to
analyze the connector property of timber-concrete
composite structure with interlamination slips. In the
finite element model, all the materials were assumed to
be elastic-plastic and the failure of the TCC was attained
after connector plasticization. These components were
stimulated with solid element and the composite action
through different materials was stimulated with a contact
(CONTA) element. Besides, bolt connectors with
different diameters, lengths were studied to predicate the
failure mode and mechanical property of the bolts. In
addition, push-out experiments were conducted to get the
structural response of TCC and validate the correction of
FE model. By the study, the ultimate strength of bolt
connectors and the relative load-slip curve are obtained
to predict the mechanical property of the bolt connector
for
timber-concrete
composite
structure
with
interlamination slips. This research can be useful for
supporting the design of timber-concrete composite
structures.
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2 EXPERIMENTS
Table 3: Dimensions of samples

NO.

1
2
3
4
5
6

43.40
54.50
53.00
51.90
44.80
50.60

Mean value

200
450
50

150

450

200

timber

60
60

1
2
3

Compressive Strength
Fw (MPa)
Test value
Mean
44.96
44.22
44.86
45.40

p x p
200
320

60
60

Vertical View

150
150
90 120 90
300
Side View

60
60

p x p
200
320

60
60

Plan View

49.70

Table 2: Compressive strength of timber

NO.

Penetration
p
(mm)
80
80
80
60

concrete

Compressive Strength
Fcu (MPa)
Test value

Length
(mm)
120
120
120
100

300
90
90
120
150
150

NO.

Bolt

50

50

D8L120
D12L120
D16L120
D16L100

Table 1: Compressive strength of concrete

Dimensions of
Samples
(mm)
Diameter
(mm)
150×150×150
150×150×150
150×150×150
150×150×150
150×150×150
150×150×150

Diameter
(mm)
8
12
16
16

150

Twelve samples were constructed for push-out tests. All
materials for those samples were the same, for instance,
normal concrete, Xing’an larc LVL and bolts.
All concrete blocks were made in the laboratory of
Central South University of Forestry and Technology.
The cement 42.5, sand and grait were bought from a
local building materials factory, Changsha, China. The
expected strength class of concrete was C45. The mean
experimental compressive strength of the concrete
selected was 49.70 MPa (see Table 1).
According to Standard for methods testing of timber
structures [9], three full scale samples with dimension of
200×120×400 (mm) were tested to get the mechanical
property of timber. The results obtained from tests are in
Table 2. The mean experimental bending strength and
mean Young’s modulus of Xing’an larch LVL was 44.86
MPa and 5.46 GPa respectively (see Table 2). Bolt
connectors used in the composite samples were bought
from Suzhou Qiangda Fastener Industry Co., Ltd, China.
The yield strength of the bolt is 320 MPa. Before
concrete poured, holes were drilled and then the bolts
were driven into the timber by technicians.

50

2.1 MATERIALS

Elastic Module
Ew (GPa)
Test value
Mean
4.860
3.610
5.46
7.895

2.2 DESIGN FOR SAMPLES
Push-out samples consist of two sides of concrete and
the timber block (see Figure 1). After fabricating the
timber and before pouring concrete, bolts with various
parameters (for instance diameters and lengths, see Table
3) were driven into the timber. The dimension of
concrete in push-out sample was 60×300×400(mm), and
that of timber was 120×200×400(mm). The dimensions
of all these samples are as follows (Table 3).

Figure 1: Drawing of timber-concrete composite push-out
samples (unit: mm)

2.3 TEST METHOD
All samples were subjected to statically load according
to BS EN 26891:1991 [10]. The samples were first
loaded to 0.4 Fest, held for 30s, unloaded to 0.1 Fest and
held for 30 s and followed by displacement control until
15 mm or structure fail.
A universal testing machine (WEW-100) was used to
apply load to the top surface of timber in TCC samples.
Four displacement gauges were used to measure the
interlamination slip between concrete and timber (Figure
2). On the bottom surface of two bolts, two strain gauges
were glued before the concrete was poured to get the
strain of bolts as the TCC sample was subjected to load.
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50

L

200

timber

50

150

450

D1(3) D2(4)

60
60

p x p
200
320

60
60

(a) Constitutive law for concrete
Figure 2: Apparatus used on the tests (unit: mm)

3 FINITE ELEMENT ANALYSIS
The finite element model was built with the software
ANSYS. The SOLID 186 element was applied to
simulate concrete, timber and bolts. To take into account
the interlamination slip between concrete and timber, the
CONTA 174 element and TARGE 170 element were
used to simulate the connection effect. The finite
element model is presented in Figure 3.
All the constitutive laws of materials are presented in
Figure 4, with parameters equal to their experimental
values provided above.

(b) Constitutive law for steel

(c) Constitutive law for timber
Figure 4: Constitutive laws
(a) Global model

4 EXPERIMENTAL AND ANALYSIS
RESULTS
4.1 ANALYSIS RESULTS

(b) Connection effect
Figure 3: Finite element model

The load-slip curve obtained from FE model is presented
in Figure 5 to Figure 8. According to FE analysis, the
timber around bolt failed first and bolt yielded last,
neither did concrete surface nor timber surface failed.
The result of D16L120 is different from other model,
with concrete surface cracked when the TCC structure
failed.
The stresses of bolts at last stage of the calculation are
presented in Figure 9 to Figure 12. In the junction of
timber and concrete, the bolt yielded and deformed. The
ultimate load (Fmax) from FE analysis is presented in
Table 4.
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Figure 5: Load-slip curve for D8L120

Figure 6: Load-slip curve for D12L120

Figure 7: Load-slip curve for D16L100

Figure 8: Load-slip curve for D16L120

Figure 9: Bolt stress for D8L120

Figure 10: Bolt stress for D12L120

Figure 11: Bolt stress for D16L100

Figure 12: Bolt stress for D16L120
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4.2 EXPERIMENTAL RESULTS

70
50
40
30
20
10
0
0

D8L120
D12L120
D16L120
D16L100

10

15

(c) Load-slip curve (D16L100)
Analysis result
D16L120-2

70

D16L120-1
D16L120-3

60

Δ
(%)
-8.39
-1.49
0.65
14.97

Force (kN)

NO.

5
Slip(mm)

Table 4: Results for samples with bolt type fasteners

Strength
Experimental
Analysis
mean value
value
Fex (kN)
Fan (kN)
27.41
25.11
39.66
39.07
61.29
61.69
53.01
60.95

D16L100-1
D16L100-3

60

Force (kN)

The ultimate load (Fmax) from experiments is presented
in Table 4. The experimental and analysis load-slip
curves for 12 samples are shown in Figure 13. The
analysis load-slip curve is smooth without unloading or
reloading part, because the analysis is conducted with
displacement from 0 to 15 mm continuously.
Besides, the strains of bolts were measured during the
experiments. The data was listed in Table 5 to Table 8.
Some data got interrupted in the process of experiments
and could not be analyzed.

Analysis result
D16L100-2

50
40
30
20
10
0
0

5

10

15

Slip(mm)

(d) Load-slip curve (D16L120)
Analysis result

D8L120-1

D8L120-2

D8L120-3

Figure 13: Load-slip curves for all test groups

30

Table 5: Strain for bolts-D8L120

Force (kN)

25
20
15
10

Load
(kN)

Left

Right

D8L120-2

0.00
1.22
2.32
9.08
9.92
9.98
9.99

0.00
-0.31
-0.57
-2.73
-

0.00
-0.10
-0.47
-4.97
-2.16
-1.70
-

5
0
0

5

10

15

Slip(mm)

(a) Load-slip curve (D8L120)
Analysis result
D12L120-2

60

D12L120-1
D12L120-3

Force (kN)

50

Strain

NO.

Ultimate
strength
(kN)

27.54

Table 6: Strain for bolts-D12L120

40
30
20

NO.

10
0
0

5

10

15

Slip(mm)

(b) Load-slip curve (D12L120)

D12L120-1

D12L120-3

Strain

Load
(kN)

Left

Right

0.00
1.14
2.32
9.08
9.92
0.00
2.37
4.11
6.06

0.00
-0.14
2.67
5.11
0.00
0.42
1.68
-

-

Ultimate
strength
(kN)
39.48

29.03
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Table 7: Strain for bolts-D16L100

Strain

NO.

Load
(kN)

Left

Right

D16L100-2

0.00
1.69
3.80
6.85
11.09
15.07
19.66
20.97

-

0.00
-0.21
-0.68
-0.97
-1.51
-2.40
-2.52
-

Ultimate
strength
(kN)

occurred in those samples in D16L100 group and
D16L120 group, the timber-concrete composite structure
failed and could not work anymore (Figure 14).
The results from the experiments indicated that the shear
strength of bolts was close to the ultimate shear strength.
The curves became flat after the point with
interlamination slip close to 1 mm. In those experiments,
the bolt connector showed the characteristic of toughness.

48.59

Table 8: Strain for bolts-D16L120

Strain

NO.

Load
(kN)

Left

Right

D16L120-3

0.00
1.14
4.45
8.33
13.10
15.94
19.45
22.58
23.98
24.63
15.39
11.07
6.17
14.91
25.44
27.46
28.68
31.80
46.25
52.30

0.00
0.00
0.02
0.65
1.96
2.23
2.73
3.08
3.13
3.22
4.67
5.14
4.42
4.14
3.34
3.20
3.16
2.74
19.49
-

0.00
-0.03
-0.05
-0.17
0.20
0.81
1.94
3.37
5.30
13.37
21.95
22.67
19.99
21.88
28.99
37.90
-

Ultimate
strength
(kN)

59.59

The mechanical behavior of bolt type fasteners showed
an obvious non-linear property for all series. In the
process of applying load, the timber got away from the
concrete slowly. All bolts were checked and confirmed
that they had bended after tests (Figure 14). The tests of
samples in D8L120 group and D12L120 group were
stopped when the slip reached 15 mm [9] without
obvious material damage of concrete and timber, except
of the internal fiber extrusion damage caused by the
interlamination slips. The other tests were finished with
some cracks in the concrete.
In the samples of the D16L100 group, transverse and
diagonal cracks occurred in the concrete block,
displaying the failure mode. In the samples in D16L120
group, there were vertical and transverse failures in the
concrete block when samples failed. Once those cracks

(a) Bolt bended and failed

(b) Slip on timber
(c) Concrete got away from timber

(d) Vertical crack
(e) Transverse crack
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(f) Diagonal crack
Figure 14: Failure modes for timber-concrete composite
samples with bolt

From Table 4, it is easy to see that as the diameter and
length of bolts increased, the load capacity increased.
The load capacity of the D16L120 series with diameter
of 16 mm is around 2.24 times of D8L120 series with
diameter of 10 mm. The load capacity of the D16L120
series with length of 120 mm is around 1.16 times of
D16L100 series with length of 100 mm.
The sample (D12L120-3) was poured without concrete
vibrating in the laboratory. In theory, the strength of the
concrete should be much lower than that of other
samples (see Figure 13(b)). From Figure 13(b), the load
capacity of the D12L120-3 sample (without concrete
vibrating) is not affected by the concrete strength. That is
to say, the concrete strength is not a key factor to
influent the shear strength of TCC structure.
The strain values listed in Table 5 to Table 7 showed that
the strain in samples of D8L120, D12L120 and
D16L100 could not be measured when the load reached
about 30% to 40% of ultimate strength, because the
strain gauges were broken then. That may be caused by
the bending of bolts as the load applied on the timber.
In Table 8, the strain was measured almost through the
whole experiment. The sample failed when the concrete
cracked suddenly, with little deformation of bolts. This
phenomenon showed that as the bolts became enough
stiff, material strength of concrete or timber might be the
key point of TCC design.
4.3 COMPARATION BETWEEN
EXPERIMENTAL AND ANALYSIS RESULTS
Compared to experimental shear strength, the analysis
result reached a good agreement to the experimental
values, with an error lower than 15% (Table 4). The
structural behavior predicted by FE analysis is consistent
with that of experiments. The simulation method
proposed in the paper can predict the shear strength well.

5 CONCLUSIONS
(1) Under load, some TCC samples failed with the
lamination slip and separation of timber from concrete.
Bolts reached their yield point without any crack in the
timber or concrete blocks when samples failed, unless

when the bolts was too stiff (see samples in D16L120
and D16L100 group).
(2) The shear capacity of bolt type connectors is in direct
proportion to diameter and length of bolts.
(3) The shear capacity obtained from the FE mode
presented in the paper can predict the shear load capacity
of the TCC structure, with an agreement to experimental
shear strength.
(4) The material strength of concrete or timber is an
overall governing factor for the potential of the
composite, but the toughness of the bolt connectors will
govern how they interact.
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INFLUENCE OF VARIOUS PARAMETERS ON THE FIRE
PERFORMANCE OF CONCEALED SHEAR TAP CONNECTIONS
BETWEEN STEEL COLUMNS AND A TIMBER BEAM USING FULL
SCALE TESTS AND FINITE ELEMENT MODELLING
Sabah Ali and George V Hadjisophocleous2
ABSTRACT: The use of wood as a construction material dates back to the early days of mankind. It has been used
successfully for thousands of years as a building construction material. The use of wood however, because is
combustible, has been restricted as a construction material by the National Building Code of Canada (NBC) and other
building codes around the world.
This study is part of PhD project that investigate the behaviour of three different types of connections. Exposed shear
tab, Concealed shear tab and Seated connections. In this paper the influence of various parameters on the fire
performance of the concealed shear tab connection are presented. A series of fire-resistance tests was conducted to
study the influence of various parameters governing the fire performance of hybrid connections between steel columns
and a glulam beam. The tests were done by exposing the test specimens to the standard time-temperature curve defined
by CAN/ULC-S101. The test assembly consisted of two pin-pin steel columns and a glulam beam loaded using two
point loads at midsection. Test results showed that the fire resistance of the connections depends on the load ratio, and
the number and size of the bolts used. An empirical correlation was developed to calculate the failure time of concealed
connections.
KEYWORDS: Timber connections, hybrid connections, fire resistance, full-scale fire tests, finite element model

1 INTRODUCTION 123
Wood has been used successfully for thousands of years
as a building construction material. In Asia and many
other parts of the world there are many wood buildings
that withstand the passage of time, a testament that wood
is durable and long lasting. In recent times, the use of
wood based on engineering principles has greatly
evolved. The motivation behind this evolution is the
need to conserve energy, to minimize environmental
impact and to provide affordable and portable housing
for communities. Moreover, wood and wood-based
products offer the advantage of less energy consumption
1
Sabah Ali, Department of Civil and Environmental
Engineering, Carleton University, 1125 Colonel By Drive,
Ottawa, ON K1S 5B6, Canada, Degree: PhD, email:
scanada@hotmail.com
2
George V Hadjisophocleous, Department of Civil and
Environmental Engineering, Carleton University, 1125 Colonel
By Drive, Ottawa, ON K1S 5B6, Canada, Degree: PhD,
Professor, email: george.hadjisophocleous@carleton.ca

than other building materials, ease of production, fast
erection, and versatility. Its higher propensity to be
modified and dismantled when needed makes it a
favourable construction material (Tannert, 2012) [1].
Wood manufacturing and construction form a principal
part of the Canadian forest industry. Wood product
manufacturing is known to generate about 41% of the
economic impact from the forest industry (Surprenant,
2010) [2]. and has become the backbone of the North
American residential construction. The use of wood
however, because is combustible, has been restricted as a
construction material by the National Building Code of
Canada (NBCC 2006) [3] and other building codes
around the world. The use of wood in residential
buildings in Canada is very common. Two common
construction categories are being used in the
construction of timber structures: light framing and
heavy timber structures. Small dimension timber is used
in light framing construction and large dimension timber
is used in heavy timber construction, In Canada, timber
construction is deemed heavy when the dimensions of
beams and columns, and decks exceed 150 mm and 50
mm respectively (Buchanan, 2002) [4].
Light framing system is used in residential building and
is normally protected by gypsum board to enhance its
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fire performance. Heavy timber is generally used in nonresidential building and the large section of the timber
allows for good fire resistance due to the slow charring
rate (about 0.6 to 0.7 mm / min under direct fire
exposure), also the produced char layer isolates the
timber from the ambient and reduces the egress of
oxygen and the direct contact between the flame and the
inner layers which further reduce the charring rate.
Both light framing and heavy timber systems fall under
the combustible construction category as per the
National Building Code of Canada (NBCC 2006) [3].
The code permits the use of heavy timber construction if
the fire resistance of combustible construction is up to 45
minutes. However the code restricts the height of wood
frame building to six storeys. The current aim of
building designers in Canada is to achieve higher heights
beyond the present six-storey limit of wood construction
and this requires the use of performance-based concepts.
The use of wood in larger and taller buildings
necessitates its combination with other building
materials, such as concrete and steel for optimum
performance. This type of construction is called the
‘Hybrid building system.’ This, relatively new method,
is becoming increasingly popular in the construction of
mid-rise buildings. The hybrid building system utilizes a
mixture of materials such as heavy timber and concrete
or steel. Hybrid building systems are being used widely
in the construction field in Canada as part of the
approach of increasing the use of wood in mid and high
rise buildings.
Typically any building construction system consists of
several members connected to each, other e.g. columns,
beams, walls and floors Metal fasteners are used to
transfer loads between members. Nails, screws and metal
plates are used for light framing systems while dowels,
bolts and steel plates are used in heavy timber
connections. Timber connections have been identified as
the weakest link in heavy timber construction,
particularly under fire exposure. During fire exposure,
the temperature of the metal fasteners rises faster than
the timber due to the high heat conductivity of steel. This
consequently, leads to a reduction in the capacity of the
fastener. Moreover, the fastener also increases heat
transfer from the exposed surfaces to the inner layers of
wood, which then causes charring to a deeper level of
the timber and further reduces the capacity of the
connection.to a significant extent. Design of timber
connections is covered by building codes to ensure the
capacity of the connections is similar or exceeds the
design capacity of the connected members, like beams
and columns, to ensure stability of the structure. Fire
safety principles require that all structural members of a
building including connections meet a certain fire
resistance rating. The specific physical properties of
steel, concrete and wood cause them to behave
differently when exposed to fire for a prolonged
duration. The char layer, produced by timber at an
elevated temperature, has distinct characteristics from its
parent wood. These factors serve to complicate the
overall analysis of the fire performance of the

connections used in hybrid timber construction.
Unfortunately, this issue has received very little attention
and has rarely been tested in full-scale.
The NBCC gives generic guidance for the design of
heavy timber connections, such as the minimum
thickness of connected timber, end and loading
distances, spacing between fasteners and spacing
between fastener’s rows and columns. However detailed
information or calculation of fire resistance for hybrid
timber connections in particular or other different
connections cannot be found in the NBCC. Simple
guidance is provided in the NBCC for the calculation of
glulam beam and column sections for fire resistance. But
no guidance related to the design or selection of hybrid
connections is provided in the code or any other
Canadian documents.
This paper presents experimental and numerical results
that demonstrate the influence of various parameters on
the fire performance of concealed shear tab connections
and proposes an empirical correlation that can be used to
determine the fire resistance of these connections.

2 EXPERIMENTAL PART
The experimental part of this study consisted of a series
of fire-resistance tests conducted in compliance with
CAN/UC-S101 [5]. Six full scale specimens were
constructed and tested to study the influence of various
parameters governing the fire performance of hybrid
concealed shear tap connections between steel columns
and a glulam beam under a standard time-temperature
exposure
2.1 TEST ASSEMBLY
The test assembly consisted of two pin-pin steel columns
(W150x37) CSA G40.21, 3200 mm long and a glulam
beam (Nordic Lam 24F/ES12) 140x191x1900 mm,
loaded using two point loads at mid-section. The steel
columns were fully protected while only the top surface
of the wood beam was protected to imitate the presence
of a floor/roof. A 3/8 shear tab plate with A307 bolts was
used to connect the beam to the steel columns. Figures 1
and 2 show the test specimen in the furnace before and
after the test.

Figure 1: Specimen in the furnace before the test
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2.3 DESCRIPTION OF TEST FACILITY

Figure 2: Specimen in the furnace after the test

2.2 TEST PARAMETERS
The test samples were designed to study the effect of the
bolts size (1/2” and 3/4” bolts) , bolts number ( 4 and 2
bolts) and load level, different load ratio 30%, 60% and
100%, (ratio of applied load to design capacity of the
beam at ambient conditions), were used. The load ratio
applied on a structural member during a fire test can
have a significant effect on its fire resistance.
CAN/ULC-S1012 [5] recommends that the specimen be
subjected to a load that is as close as possible to its
factored resistance which is determined in accordance
with the design standard published by the Canadian
Standards Association, (CAN/CSA O86-0923 [6] for
timber connections); however, the fire standard also
allows lower loads to be used in fire-resistance tests
provided that the load conditions are identified and
reported. A steel plate 9.5 mm thick grade 300W was
used to connect the glulam beam to the steel columns as
shown in Figure 3. A slot was cut in the wooden beam to
accommodate the steel plate. Holes were drilled in the
plate and the wooden beam to allow the bolts to connect
the beam to the steel columns. The steel plate was
welded to a base plate, which was then connected to the
steel columns using 4 -10 mm A 307 bolts. This type of
connection provides protection to the steel plate from
direct fire exposure, but it may increase the heat
transferred to the core of the wood through the steel
embedded in the wood slots. The Canadian code
requirements, related to the placement of the bolts in the
joints, were satisfied such as e, eQ, a, SQ, and Sp

The furnace used for the tests is located at the Full-scale
Fire Research Facility of Carleton University in
Almonte, Ontario. It was specifically designed to test the
fire performance of connections. Figure 4 shows an
exterior view of the furnace. The furnace is equipped
with a loading frame used to support the test assembly
and to apply the load as shown in Figures 4 and 7. Two
blowers were installed on the burner’s sidewalls,
supplying fresh air for combustion. The interior
dimensions of the furnace are 2.7 m by 2.7 m by 2.2 m
high. The interior ceiling and walls were insulated with a
layer of mineral blanket (25 mm thick) from Fibrefrax®.
Six thermocouples and four plate thermometers were
used to record the furnace temperature, see Figure 5.

Figure 4: Exterior view of the furnace

Figure 5: Shielded thermocouples and plate thermometers in
the furnace

Figure 3: Concealed shear tab plate

Forty two thermocouples were used to measure the
temperature of the steel columns, plate and bolts and the
wood beam at different sections and depths. Figure 6
shows the placement of the thermocouples in the wood
section. The deflections of the beam were measured
using three linear variable displacement transducers
(LVDT), two LVDTs are mounted at the top and one at
the bottom. The LVDTs were calibrated before the tests.
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A hydraulic cylinder, Model RD1610 from Enerpac®,
mounted on the top steel beam, was used to apply the
loads and the loads were measured by a load cell (MTS®
661.22D-01) attached to the cylinder. The load cell
works in the range of -250 to 250 kN and was also
calibrated before the tests. Figure 7 shows a crosssection view of the furnace with a connection assembly
mounted on the frame. Two video cameras were used to
record the test.

Figure 6: Thermocouples in wood section

Verification tests were performed using the furnace prior
to testing any construction materials or assemblies.
Propane flow rates were monitored and controlled in
order to generate temperature curves within the
acceptable tolerance. Figure 8 shows the measured timetemperature curves of the six shielded thermocouples
(TC1-6) and four plate thermometers (PT1-4 from a
typical verification test. The curves from the shielded
thermocouples were very close to the standard curve
during the verification test. The ±10% boundaries of the
standard curve are also shown in Figure 8.

Figure 8: Measured time-temperature curves and CAN/ULCS101 standard curve with a wood specimen

2.5 TEST PROCEDURE

Figure 7: Cross section shows the test assembly with LVDT’s
and loading frame

2.4 FURNACE TEMPERATURE VERIFICATION
It was necessary to test the furnace temperatures prior to
the fire-resistance tests in order to ensure it can follow
the standard time-temperature curve. As described in
CAN/ULC-S101 [5], results were obtained by averaging
the data from the furnace thermocouple readings. The
results of the fire tests lasting 1 hour or less were within
±10% under the standard time-temperature curve. Tests
lasting between 1 and 2 hours were within ±7.5%, and
within ±5% for any tests exceeding 2 hours in duration.

The test columns were connected to the steel loading
structure that surrounds the furnace. Each column was
restrained at its top and base against in-plane and out-ofplane lateral movements, yet they were allowed to shift
rotationally to avoid the development of any unnecessary
moments in the steel loading structure. The test beam
was inserted into the furnace through the furnace door,
and then was bolted at both ends to the columns. The
beam was then subjected to constant loading before and
during the fire-resistance test. A hydraulic jack attached
to a load cell was used to apply the vertical load over a
vertically positioned steel post. A load-distributing bar
was used to spread the weight between two points on the
test beam, 700 mm apart. The load was maintained for a
minimum of 20 minutes after which the test assembly
was subjected to gradually increasing temperatures that
follow the standard time-temperature curve until failure.
2.6 TEST PLAN
A list of tests done with details and specimen
dimensions is shown in Table 1. The test plan consisted
of 6 tests categorized into 3 groups.
Groups 1 and 2 were designed to cover the effect of load
ratio on the fire rating of the concealed plate connections
with 19.1 mm and 12.7 mm bolts. Group 3 covers the
fire rating of concealed plate connections with a 100%
load ratio using 2- 12.7mm bolts.
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Ø = configuration factor, Ԑff = effective emissivity, σ =
Stefan-Boltzman constant, 5.67x108 W/m2K4
Table 1: Experimental Tests Groups settings

Group
1
2
3

Test
1.1
1.2
2.1
2.2
2.3
3.1

Bolts
diameter
mm
19.1
19.1
12.7
12.7
12.7
12.7

Bolts
#

Load
Ratio

4
4
4
4
4
2

30%
100%
30%
60%
100%
100%

The full-Newton method in ABAQUS /Standard was
used to solve the temperature at all points within the
model. The temperature-time distribution within the
assembly was applied as a predefined time-varying field
in the subsequent structural model.
3.3 STRUCTURAL MODEL

3 FINITE ELEMENT MODELLING
A numerical heat transfer analysis was carried out using
the commercial finite element program ABAQUS
/Standard (Hibitt) [7] for predicting the temperature
distributions of timber connections in standard fire
resistance tests. A structural model was also developed
to predict the structural performance of the assembly.

To simulate the structural response of the specimen, a
nonlinear static analysis was conducted in two stages.
First, the full load ratio was applied in increments. Then,
the heat from the fire was applied to the assembly while
the load from the first stage remained constant. Threedimensional continuum elements (C3D8R) in ABAQUS
were used to define all components of the assembly.
Temperature dependent
elastic (isotropic and
orthotropic) properties were assigned to the steel and
wood parts respectively. One fourth of the assembly was
modeled in ABAQUS due to the inherent symmetry of
the assembly. See Figure 9

3.1 HEAT TRANSFER MODEL
To simulate the fire resistance test, the system was
modeled using a sequentially coupled thermal-stress
procedure. This approach adopts three steps, first a
transient heat transfer model is completed to determine
the temperature distribution in the assembly, second a
nonlinear static analysis was conducted to simulate the
structural response of the specimen, and then, the heat
from the fire was applied to the assembly while the load
applied in the structural model remained constant.
Three-dimensional diffusive solid elements (DC3D8) in
ABAQUS were used to define every component of the
assembly for the heat transfer model. Temperaturedependent thermal properties of conductivity, density
and specific heat capacity were assigned to each element
to determine heat conduction within the model assembly.
3.2 HEAT TRANSFER BETWEEN MEMBERS
Heat transfer between discontinuous contacting surfaces
of the assembly was simulated using the gap
conductance feature, which is an interaction property
used by ABAQUS to defined the relation of contracting
surfaces with the assembly. Heat transfer to the
boundary surfaces of the assembly was modeled by
supplying an appropriate heat flux to the exposed sides
using a DFLUX user subroutine in ABAQUS. The heat
flux to the boundary incorporated both the convective
and radiation components of the heat from the furnace.
The average time-temperature data recorded during the
test ( ) was used to estimate the flux to the boundary
using the Equation 1 below.
(1)
Where: hc = convective heat transfer, Tf = furnace
temperature, Ts = surface temperature of the assembly,

Figure 9: One quarter Model in ABAQUS

3.4 DAMAGE AND FAILURE MODEL
Failure in the assembly was predominantly due to brittle
crack (splitting) propagation in the glulam beam, which
eventually led to the loss of load-carrying capacity. The
extended Finite Element Method (XFEM) in Linear
Elastic Fracture Mechanics (LEFM) was used to model
the formation and propagation of shear cracks in the
continuum elements. Structural damage was initiated
when the maximum shear stress criteria within any
element was exceeded. Subsequent propagation of
cracks is governed by fracture energies according to
Griffith [8].
The initial application of the full vertical load ratio on
the structural model did not lead to failure because the
load applied was a fraction of the ultimate failure load.
In the second part, the heat added to the assembly
degraded the stiffness and strength of the materials, and
caused charring. This led to an increase in internal
stresses, damage and eventual failure of the assembly.
ABAQUS /Standard was able to track the progressive
damage in the form of energy dissipated (ALLDMD).
Error! Reference source not found. below is an
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example of a typical ALLDMD curve, which displays
three distinct phases. The first was marked by a value of
nearly zero, which indicated no inter-laminar damage
(no cracks in the glulam). This was followed by a sudden
rise in energy, which represents energy released in the
formation of cracks and their propagation. The third
phase had an almost constant peak value, which
indicates that no more energy could be accommodated
through damage. This signified that ultimate failure had
occurred.
The ultimate time to failure of the model was observed at
the point of sudden rise in the ALLDMD value as shown
in Figure 10. This gave an indication of the time of
failure for fire resistance.

The thermal model was validated by comparing the
temperature values recorded by the model, with the
recorded temperature at different points during the fullscale tests. The model generally was able to accurately
predict the temperature of the bolts and wood within a
range of ±11%. The increase in temperature due to fire
exposure and the charring layer thickness were also
compared. This was in order to validate the reliability of
the input data used to represent the materials’ properties
used in the model. Figure 11 shows a typical temperature
contour as predicted by the model. The temperature
along the width and the depth of the beam are in
agreement with the full-scale test results as shown in
Figure 12.

Figure 11: Temperature distribution in the model after 27 min
of fire exposure

Figure 10: The progressive damage of the concealed
connection

3.5 FINITE ELEMENT MODEL SIMULATIONS
AND VALIDATION.
The finite element model simulations are shown in Table
2. The simulations consisted of 12 tests categorized into
4 groups to validate the numerical model and to study
the parameters, which were not covered in the full-scale
tests.
Table 2: Finite element modelling tests

Group
1
2
3
4

Test
1.1
1.2
1.3
2.1
2.2
2.3
3.1
3.2
3.1
4.1
4.2
4.3

Bolts
diameter
mm
19.1
19.1
19.1
12.7
12.7
12.7
12.7
12.7
12.7
19.1
19.1
19.1

Bolts
#

Load
Ratio

4
4
4
4
4
4
2
2
2
2
2
2

30%
60%
100%
30%
60%
100%
30%
60%
100%
30%
60%
100%

Figure 12: Temperature distribution at beam’s width after 27
min of fire exposure

The predominant failure mode was splitting of the wood
parallel to the grain at the connections. The cracks
initiated at the edges of the bolt holes, either at the top or
bottom. The bolts transferred the load though their
shanks by bearing onto the wood fiber. This produced
compression stresses and led to the crushing of the
wood. This occurs if the amount of pressure reaches or
exceeds the plastic state and is considered to be ductile
or yielding failure. Elongation of the bolt holes, minor
bending of the bolts and minor charring around the holes
were also observed in the Connection with 4-12.7 mm
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bolts, the yielding of bolts was more significant at
Connections with 2-12.7 mm bolts. See Figure 13.

3
4

2.3
3.1
3.2
3.1
4.1
4.2
4.3

12.7
12.7
12.7
12.7
19.1
19.1
19.1

4
2
2
2
2
2
2

100%
30%
60%
100%
30%
60%
100%

18.25
20

20
45.5
37.4
23
40
35.4
22.5

4.1 LOAD RATIO EFFECT

Figure 13: Failure mode was splitting at the bolt location

Figure 14 shows the failure time predicted by the model
in comparison with the full scale test failure times. The
model predicted the time of failure with variation of 0 to
13.24%. The model was more accurate when failure was
due to splitting, and the variation did not exceed 3.89%.
This value increased and ranged between 9.59 to 13.24%
when the mode of failure was a combination of wood
splitting and bolts yielding. This is due to the fact that
there was no variable used by the model to simulate the
plasticity of wood.

Figure 14: Failure time of CN Connection; Test vs. Model

4 RESULTS AND DISCUSSION
The effect of different parameter on the failure time / fire
resistance of the Concealed connections will be
discussed. Table 3 lists the failure times recorded in the
full scale tests and as predicted by the finite element
models.
Table 3: Full scale tests and finite element models Failure
time.

Group
1
2

Test
1.1
1.2
1.3
2.1
2.2

Bolts
Ø
mm
19.1
19.1
19.1
12.7
12.7

Bolts
#

Load
Ratio

4
4
4
4
4

30%
60%
100%
30%
60%

Test
time
min
33.4
13
40.27
27

Model
time
min
34.7
19
13
45.6
30.2

The relation between the load ratios and failure times for
Groups 1 and 2 are shown in Figure 15. The failure time
from the model was considered when there was no fullscale test data available. The failure time for each test is
shown as symbols while the line represents the possible
power relation for each group with the power formula,
also included. The specimen with a load ratio of 30%
had a higher failure time. For Group 1, the failure time
increased from 13 to 33.4 minutes (157%) by reducing
the load ratio from 100% to 30%. For Group 2, the
increase of failure time was about 22 minutes (120%) for
the same reduction in load ratio. Reducing the load ratio
from 100% to 60% increased the failure time by 6
minutes (46%) for Group 1 and 8.75 minutes (48%) for
Group 2. Further reduction of the load ratio from 60% to
30% improved the failure time by 75% for Group 1 and
49% for Group 2.

Figure 15: Failure Time of Concealed Connection for Groups
1 and 2

The effect of the load ratio on the-mid span deflection is
seen in Figure 16 and Figure 17 for Groups 1 and 2
respectively. Higher load ratios led to an increased initial
deflection at the mid-span. In both groups, initial
deflection ranged between 2.5 mm to 10 mm. At a 100%
load ratio, the increase of deflection prior to failure was
more pronounced in comparison with load ratios of 30%
and 60%, due to high tension stress on the bottom fibers,
which led to rapid increase of the defection prior to
failure. The final deflection prior to failure was about 40
mm for all tests except for Test 2.1 (CN- 4-12.7 = 30%)
which had a deflection of 49 mm.
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range of 10% to 38% for the 12.7 mm bolts. The
improvement in failure time was more noticeable for the
connections with larger bolts because they required
larger holes in the wood section. They also conducted
more heat to the wooden core of the beam and had a
larger contact area, where the perpendicular to grain
stresses was generated. All of the above factors
expedited the degradation of the wood section under fire
exposure. Hence, by reducing the number of bolts by
50% increased the failure time.

Figure 16: The mid-span deflection vs. time Group 1

Figure 18: The mid-span deflection vs. time Group 2

Figure 17: The mid-span deflection vs. time Group 2

4.2 BOLT DIAMETER EFFECT
The role played by the bolt’s diameter can be significant
depending on the type of load and connection
configuration. In Groups 1 and 2, four bolts were used
with a diameter of 19.1 mm and 12.7 mm respectively.
Figure 18 represents the effect of the bolt’s diameter.
Along with the load ratios, all other parameters remained
the same for both groups. The figure shows that by
reducing the bolt’s diameter the failure time increased.
The failure time improved by 6.87 minutes for a load
ratio of 30%, 8 minutes for 60%, and 5.25 minutes for
100%. Increasing the bolt diameter from 12.7 mm to
19.1 mm reduced the failure time by 20 – 40%. This is
because the greater diameter of the bolt increased the
area in contact with the wood and increased the heat
transferred to the core of the wood.

Figure 19: The effect of the number of bolts on the failure time
of the connections with 19.1 mm bolts

4.3 NUMBER OF BOLTS EFFECT
The presence of the bolts in the connection affected the
connection’s capacity and also played a significant role
in transferring heat to the core of the wooden beam.
Figure 19 and Figure 20Error! Reference source not
found. represent the effect of the 2 or 4 bolts on the
failure time of the CN connection tests using 12.7 mm
and 19.1 mm bolts. When the number of bolts was
decreased from 4 to 2, the failure time increased by a
range of 19% to 86% for the 19.1 mm bolts and by a

Figure 20: The effect of the number of bolts on the failure time
of the connections with 12.7 mm bolts
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5 Empirical relationship
Full-scale tests are the most accurate method to
determine the failure time of structural elements, though
they are very expensive. A less expensive alternative is
the use of finite element modeling. However,
configuring the parameters accurately is a complex
process. Therefore, for design purposes, a simplified
calculation method that involves variables, which
directly affect the failure time of hybrid timber
connections, is preferred.
The tests and the finite element modeling results were
used to develop formula to estimate the failure times of
the tested connections. The test results show that the
failure time is a function of the load ratio, the size of the
bolts, the number of the bolts and the wood member’s
thickness. The beam effective depth also affects the
beam capacity and failure time; hence the function can
be represented as:

assumed to be the time required for the sections to be
completely charred tf = t1/β.
5.1 CORRELATIONS FOR CONCEALED
CONNECTIONS
The tests data was used to determine the individual
values of M, N and K in equation (4) using best-fitting
by the method of least squares. The connection factors
computed are M= 0.317, N= - 0.007 and K = -0.231 and
the coefficient of determination R2 = 0.98.
The value of the coefficient of determination value is an
indication of the relationship strength, 0 ≤ R2 ≤ 1. The
higher the value the stronger the relationship is. The
correlation result is shown in Figure 21.

(2)

)

The following non- dimensional factors are used:

,

=

,

,

Where: tf = failure time in minutes, t1 = the width of the
wooden member in mm, β = the charring rate, Rf = the
applied load in kN, R0 = the design capacity in kN, de =
the beam’s effective depth in mm, db = the bolt’s
diameter in mm, n = the number of bolts.
The following function proposed by Peng [9] will be
used as a guide to develop a simplified empirical relation
for the CN connections.

Figure 21: Curve fitting analysis results for the Concealed
connections

Equation (4) can be rearranged in a dimensional format
to yield Equation (5) to calculate the failure time of
Concealed connections:

(3)
Equation 3 is modified to include the non-dimensional
factors proposed in Equation 2. The proposed power
function used in this study is:
(4)

(5)
Figure 22 shows the relationship between the failure
time results from the tests or the models and the time
predicted by Equation (5). The correlations predicted the
failure time within the boundary of ± 15%.

The characteristics of the full scale and modeling tests
such as failure time, bolt diameters, charring rating, the
member’s thickness and the effective depth used to
develop the empirical function. The average charring
rate from the full-scale tests for the connection (0.76
mm/min) was used. The wood member thickness used is
the thickness of the wood at each side of the plate. The
effective depth used was the depth from top of the beam
to the bottom bolts.
The following assumptions were made when developing
the empirical functions:
The charring is constant, the structural elements are
exposed to standard fires, the beam material is glulam
wood, and if no load was applied, the failure time was

Figure 22: The tested or modeled time vs. the formula
predicted time for the Concealed connections
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For design purpose and to ensure the time calculated by
the proposed formula is always equal or less than the
full-scale or model test results the design time is divided
by a factor equal to 1.15.

6 CONCLUSIONS
Based on the research results, the following conclusions
can be drawn on the fire performance of the concealed
hybrid timber connections:
1- The configuration of the connections has a
significant effect on the failure time of the
connections. For the Concealed connection, placing
the steel plate in the center notch of the beam,
reduced the wood member thickness and transmitted
more heat to the core of the wood at the connection
region which shortened the failure time.
2- The applied load path in the Concealed connections
was through the beam, the bolts and the steel plate
to the columns, which generated perpendicular to
grain stresses at the wood-bolt contact area and led
to faster failure.
3- The test results show that increasing the load ratio
reduced the failure time. The failure time reduced by
a range of 12-45% when the load ratio increased
from 30% to 60% and 43-69 % when the load ratio
increased from 30% to 100%.
4- The failure times at 100% load ratio were less than
45 minutes which is a target rating for Canadian
code compliance.
5- When the applied load reached the ambient design
capacity, at the load ratio of 100%, the mechanical
stresses dominated the failure time rather than the
wood properties degradation due to fire exposure.
6- The test results show that using smaller diameter
bolts increased the connections failure time for all
the applied load ratios.
7- The test results show that using 2 bolts improved the
failure time compared to those using 4 bolts.
8- The charring rate for the glulam beam measured
during the tests was in a range of 0.63 to 0.76
mm/min. Charing was also observed at the center
notch in the connection and around the bolts.
9- The final failure mode was always brittle / splitting
of wood even when ductile failure (yielding of bolts
or crushing of wood) was the governing failure
mode in the connection’s ambient temperature
design. The wood split initiated at the bolt hole and
propagated to the mid-span. Elongation of the bolt’s
holes and yielding of the steel bolts were also
observed on the tested beams.
10- The thermo-mechanical response of the hybrid
timber-steel connection under fire exposure can be
predicted using a sequentially coupled thermalstress analysis procedure in a finite element model.
The model was validated using full scale test results.
11- To predict the temperature profiles in timber
connections, proper thermal material properties and
furnace boundary conditions should be defined in
the heat transfer model. Validation of the heat
transfer model shows that adopting the temperaturedependent properties of wood and steel from

Eurocode 5 as well as the temperature provided by
the thermocouples and the plate thermometers to
define the thermal boundary conditions leads to a
good agreement with full scale test results.
12- The validations of the thermal and structural
analysis numerical models show that the models
predicted the failure time within a range of ± 1.5-15
%.
13- The proposed empirical formulas can be used as a
basic design tool to calculate the failure time of the
connection to design the connections to satisfy the
required fire resistance ratings by the building code.

ACKNOWLEDGEMENT

The financial support of NSERC and FPInnovations for
this work is acknowledged.

REFERENCES
[1] Tannert T., Vallee T., Muller A. Critical Review on
the Assessment of Glulam Structures using Shear
Core Samples. Journal of Civil Structural Health
Monitoring 2:6572, 2012.
[2] Surprenant D. A Tool for Recovery in the Forest
Industry. The National Building Code of Canada,
Library of Parliament, Publication No. 2010-27-E,
Ottawa, Canada. 2010.
[3] NBCC, National Building Code of Canada, Ottawa,
ON, Canada: National Research Council of Canada,
2006
[4] A. Buchanan, Structural Design for Fire Safety.,
John Wiley & Sons Ltd, Chichester, England., 2001
[5] CAN/ULC-S101-07, Standard methods of fire
endurance tests of building construction and
materials., Scarborough, Canada: Underwriter’s
Laboratories of Canada, 2007.
[6] CSA, Engineering Design in Wood CAN/CSA-O861, Rexdale, ON, Canada.: Canadian Standards
Association, 2010.
[7] Hibbitt, Karlsson & Sorensen Inc., ABAQUS
/Standard User’s manual., Pawtucket, Rhode Island,
2008.
[8] Griffith A. A. The Phenomena of Rupture and
Flows in Solids, Philosophical Transactions of the
Royal Society of London. Series A, Containing
Papers of a Mathematical or Physical Character,
Vol. 221, pp. 163 – 198,1921.
[9] G. H. J. M. a. M. M. Lei Peng, Calculating Fire
Resistance of Timber Connections, Fire and
Materials – 12th International Conference,San
Francisco, USA. (Best Poster Award), 2011.

WCTE 2016 e-book | 5235

EXPERIMENTAL STUDY ON RESIDUAL COMPRESSIVE STRENGTH OF
BAMBOO COLUMN UNDER FIRE WITH DIFFERENT TIME LIMITATION
Wan-Ting Liu1, Meng-Ting Tsai2, Laila Fitriana3
ABSTRACT: The world is facing the global warming issue regarding the increasing number of CO2. Bamboo is one of
the solutions upon this problem. Because of bamboo’s physical characteristic, it is known as the combustible material
which is similar to the carbon-based material, like wood. The observation due to its fire safety is needed to carry out for
the sufficient bamboo characteristic information under fire condition and fire safety regulation. In this study, the
specimens used were the raw bamboo material without being fire-proofed. Totally, nine-trunk of bamboos were joined
into one single big element which taken place as the main structural column in the building. One bamboo will be located
in the center and surrounded by the other eight-bamboos to make the sacrifice layer as the protection. So that if the fire
comes, they are expected to protect the centeal core before it is burnt. Those un-engineered bamboos were burnt under
temperature 700 degree Celsius within 10 minutes and 15 minutes burning gap. For the further investigation, the
compression test will be conducted thoroughly to investigate the mechanical properties of bamboo after got burnt.

KEYWORDS: Timber substitute, Mechanical and physical properties, Combustible , Fire test, Compressive test

1 INTRODUCTION 123
Recently the entire globe has been facing the
global warming issue in which the increasing
number and quantity of CO2 into the atmosphere.
Construction sector and its material features get
serious attention because these can either
contribute in sustainability or make the situation
even worse. Based on the data from United Nation
Environment Program (UNEP), the building
sector contributes up to 30% of global annual
greenhouse gas emissions and consumes up to
40% of all energy. Due to this situation, the
researchers have been researching for some
material which could be used for the sustainable
material. Later on, the researcher found that
bamboo could be the other option for the
promising future material. Due to its fast growingfactor, bamboo naturally will be ready to be
harvested within the age 3-5 years. In the contrary,
as it known, the softwood usually can be harvested
10-30 years. By the usage of bamboo, it can also
help to reduce the rate of deforestation and
1
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promoting green material more globally. Bamboo
stalks are physically strong, lightweight, has the
high flexibility and economical. This material is
also handy to build. As the growing material that
sourced from the nature, bamboo has the different
mechanical properties on each different part of it.
Beside it is also resume some characteristic of
timber in common.

Figure 1: The bamboo stalks
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The other thing that bamboo is capable of is
helping to fight the global warming issue.
Environmentally, bamboo also has the important
role to make the light intensity lower which also
protects against the ultraviolet rays.
As it mentioned before, the capability to
sequestrate CO2 in nature can reach up 35% and
also deliver more oxygen as its product of
photosynthesis process. Unlike the wood, bamboo
can be harvested without destroying the nature
itself. From the nongovernment organization
(INBAR), it mentioned that when bamboo
strategically placed, it can provide an ‘ecological
infrastructure’ that is increasingly acknowledged
as a cost-effective ways to adapt to risks from
climate change.

2 OBJECTIVE OF STUDY
The main objective of this research is to study the
characteristic of raw bamboo by investigating the
fire properties and compressive performance of
Moso bamboo species. There are several points
that will be studied more in order to ascertain the
mechanical properties of the raw round bamboo as
structural material.
To characterize the fire performance (fire
resistance and fire reaction) of bamboo building
through the raw round bamboo as the sample of its
structure part. And to ensure the evacuation safely
on bamboo building during the fire –the occupants
may be able to safely be evacuated to the safe
place out from the building while the structure is
still capable to withstand.

3 TESTING METHODOLOGY
The test pieces of the bamboo which will be used
in the testing should be not exceed 1 meter in
length and it should be fit with the size of the
instrument (approximately 30-45 cm in length).
And the test piece should be dried up to the air
dried state. At the preliminary testing, the bamboo
that used for the specimen had been dried for
approximately 6 weeks. But for the proper testing,
the bamboo had been dried for 4 weeks. For each
part of the test specimen, it will be conducted the
testing with several steps.
Firstly, it will be started the test upon the material
without fire proofing in order to see the behaviour
of bamboo, after every part getting burnt, but it is
expected the inner part (core) will be remain.
Secondly, the bamboo specimen after get burnt
will be followed by the compressive test. The
compressive test will be conducted in order to see
the compressive performance and feasibility of the
bamboo after burning as the structural material.
3.1 FIRE TESTING

The bamboo has properties that need to be
observed for the fire behaviour. When the fire
happens into the building, the most notable burn
patterns are typically char patterns on the wood
members, which can be seen as well in bamboo.
Charring rate of solid wood members mostly
tested by the ASTM E 119 or ISO 834 standard.
The ISO 834 – 1 standard, as shown in Fig. 2, has
the following condition of the heating temperature
at the furnace, and is applied in this study.
Technically, charcoal layer is generated after the
material with carbon based exposed to the fire.
This will affect the microelement of the material
and cause chemical decomposition upon the
surface. Actually, from the structural point of view,
it does not have the mechanical strength but
provides thermal insulation to the remaining
element which unaffected by the charring process.
3.1 COMPRESSIVE TESTING

Mechanical properties of bamboo –those may take
more less similar with what the timber has –
considerably which are more related to the strain,
stress and the factor affecting this behaviour. If the
external force happens to the material, it can be
possibly occurs the deformation or some distortion
that called strain.
Figure 2: Research Organization
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Figure 3: Furnace Temperature ISO 834-1

Compressive stress is one of the three types of
internal stresses. Two other stresses, the tensile
and shearing also have the same motive to make it
happen – the external forces act upon its bar
depending on the direction so that make it
different in many ways and names. Compressive
stress may happens if the external forces act upon
the bar in a direction toward the ends or a direct
push.
For this kind of strength, there are two types of
bamboo in which is subjected to this stress, first is
the load that act over the whole area of the
specimen and the second one is a load
concentrated over a portion of the area.
In this research, the compressive stress will be
examined after fire testing conducted, as
illustrated in Fig 4. Some charcoal that may be
produced will affect the strength especially since
it will also make some area loss.

bamboo material, in order to make the specimen
evenly as the parameter, the diameter in use is
between 5.5 cm to 6.0 cm. The part that is used for
the test is the internodes without the nodes.
The test result is depending on the age, moisture
content of the test bamboo pole, its origin and the
part of the stem which is used as the specimen (the
bottom, middle or the top part of bamboo). For this
testing, the main aim to be approached is to get the
data of bamboo behaviour when it is faced to the
fire. As known that from the previous researches
that have been conducted, there are not sufficient
data which deeply investigate about the bamboo as
the part of the structure material of the building.
The nine trunks of bamboo are joined together to
be one column. The Fig 5 and Fig 6 illustrates how
to arrange those bamboo trunks before it used as
the specimen. The one main structure is the
bamboo which located in the central core. This
will be surrounded by the other eight-bamboos
that will be act as the sacrificed layer.
At this type of connection, the steel wire used to
bond the each of bamboo stalk to provide stability
and strength in join. Using nine bamboo stalks
made the one stalk will be located in the center as
the main structure that surrounded by the other
eight stalks.

3.1 TESTING SPECIMENS

Bamboos were sourced from Taiwan. Before they
are going to be tested, it needs some preparation
process. Yet the testing is specifically used the raw

Figure 4: Test scheme

Figure 5: Specimens of nine-trunk of bamboos

Figure 6: Nine-trunk of bamboos
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3.2 TESTING MACHINES

The furnace machine with the size of the inner part
in width, in length, and in depth; 120 cm, 120 cm,
and 120 cm. Inside the furnace there are several
holes that can reveal the fire into the testing space
and controllable through computer system. After
the specimen put inside the furnace, the fire will
be ignited through the holes. It may affect those
specimen according to the position of them toward
the holes. Because the test is conducted using the
round bamboo, the top part of it need to be covered
by some non-combustible material to create the
scenario as similar as possible with the real
situation –bamboo as the continuous column, so
that the fire will be coming toward the surface and
unable to come either from or to inside.
Compressive testing machine that is applied in this
study is shown in Fig 8. The specimen is put on to
the machine while the load will be added upon it.
The maximum capacity of this machine is 10 tons.

4 TESTING RESULTS
At this research, there are three different time gaps
that have been investigated, 10 minutes, 15
minutes and 20 minutes, through the experiment,
burning upon the round Moso Bamboo.
In the experiment, the fire will be ignited with low
temperature and then it was raised gradually
within two first minutes. After four minutes its
temperature reached up 500° Celsius as it recorded.
After five minutes the increasing of temperature
was much slowly compared to the first four
minutes previously. Within ten minutes it reached
678° Celsius.
4.1 FIRE TESTING
4.1.1 10 minutes testing

From the Fig 9, it showed that two specimens had
been placed into the testing are with the different
condition. Left specimen had the fire and broken
after, yet the right specimen has the different result
of the each stalk bamboo after fire testing. Some
of them have the serious damage. The result
indicates bamboo specimen is possible to survive
the 10 minutes burning.
4.1.2 15 minutes testing

Figure 7: Furnace

Figure 8: The compressive machine

At this time, beside it has some charcoals in some
parts, there is some fire that still remain in some
part and it may cause more damage to the
specimen. After the specimen had being taken
from the furnace, it shows that there are some area
loss. The compressive test will be done on the area
remain. The majority part of outer skin has been
burnt and produced chars.
Based on these results, the specimen was
categorized into several different categories
according to the percentage of its remaining area.
After the burning session, the components of the
column were un-joined and classified into five
parts based on the percentage of the area which are
still remain, 40%, 50 %, 60 %, 70%, 80 %, 90 %,
and 100% respectively. According to the result of
the testing, the specimens can be put into these
following figures (Fig 10) in order to describe the
schematic area loss. Each of those result were
being tested to investigate the maximum capacity
of the compressive strength.
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4.1.3 20 minutes testing

After the experiment had conducted, the figure
shows the result for the 20 minutes of burning.
Without the fire-proofing, the bamboo has no
protection and it has already over the charring rate.
So the inner part also get burnt. There is no area
remain. It has reached up the maximum resistance
of bamboo after the charring rate state.

Figure 11: After burning (20 minutes)

Figure 9: After burning (10 minutes)

A
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D
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G

Figure 12: Specimens after compressive test

Figure 10: After burning (15 minutes)

Figure 13: Compressive testing
Table 1: Compressive test result
No.
Specimen
Percentage Area Remain
(after burning)
1
A
40 %
2
B
50 %
3
C
60 %
4
D
70 %
5
E
80 %
6
F
90 %
7
G
100 %

Maximum load
(Kgf)
1041
1322
1379
2384
4554
4890
5230

Displacement
(cm)
2.23
2.35
2.36
2.27
3.16
3.25
3.14

Compressive strength
(Kgf/cm²)
466.8
562.6
584.3
1050.2
1441.1
1504.6
1665.6
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4.2 COMPRESSIVE TESTING

After the fire testing, those specimen (the result)
will be prepared as the specimen for the next
testing, the compressive test. Some of the
specimens from the previous test were being
tested under the compressive machine in order to
observe their mechanical properties. Right after
the burning, there are some cracking and area loss
in some part of those specimens. These may affect
into the mechanical properties. The result after
compressive test, it shown that several individual
specimens have the buckling after the test
conducted. Percentage areas which are remain on
the each specimen gave the impact to the
maximum load capacity as shown at the table 1.
The higher percentage of remain area, the higher
maximum capacity of load which can be resisted
by the specimen. Each of the specimens A, B, C,
D, E, F, and G has the result of the maximum load
capacity and displacement as 1041kgf, 1322kgf,
1379kgf, 2384kgf, 4554kgf, 4890kgf and 5230kgf.
The center part of the joined bamboo, the
specimen F, still has the highest value of load
capacity compared to the other burning specimen.
For the displacement number of those specimens
are 2.23, 2.35, 2.36, 2.27, 3.16, 3.25, and 3.14
respectively. But it shown lower than the original
specimen without burning, the specimen G.
The specimen F (the center core) has the slight
lower value of the displacement, if it was being
compared with the original bamboo, specimen G.
From the data of experiment shows clearly after
simple calculation that the compressive strength of
the specimens which have the 100 % area remain,
the number of the compressive strength had been
changing due to the difference in percentage.
From the original bamboo stalk without burning
compared to the 100 % specimen after burning,
the number had changed from 1665.6 kgf/ cm2
into 1504.6 kgf/ cm2 –based on this result, it
reduced 9.7 %. Each of other specimens, the A, B,
C, D, and E compared to the G are reducing 71.9
%, 66.2%, 64.9%, 36.9%, and 13.5% respectively.
From the table, it indicates that the displacement
behaviour was affected by the number of
percentage of each specimen. The graph shows
clearly the relationship between the percentages of
the remaining area with the displacement. With
the increasing of the percentage, the displacement
increases as well. It also shows that the percentage
also has the relationship between the percentage of
the area remain and the ultimate load capacity of
compressive strength.
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Figure 14: Curve of compressive testing
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Figure 15: Curve of displacement

4.3 STRUCTURAL DAMAGE OBSERVATION

From the table, it indicates that the displacement
behaviour was affected by the number of
remaining percentage of each specimen. The
graph shows clearly the relationship between the
percentages of the remaining area with the
displacement. With the increasing of the
percentage, the displacement increases as well. It
also shows that the percentage also has the
relationship between the percentage of the area
remain and the ultimate load capacity of
compressive strength.
The bamboo showed the good performance both
in fire testing and compressive test, yet for the
specimen that less than 50% have less in strengthperformance. In some data showed that the
compressive test result has not always equal to the
percentage area remain. In fact that the bamboo is
a plant that growing and has not the same strength,
moisture content and some other factor. For the
future research, there is some possibility to
increase the time gaps of the burning higher than
10 minutes to achieve the longer structure period
to stand, still with no fire proofing.
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- 60% Area Loss
(40% Remaining Area)

Damage happened starting from the upper part of the node
until the edge on its length. Some area had broken and loss
after the compressive test.

- 50% Area Loss
(50% Remaining Area)

Damage started from the beginnig of the nodes until
almost the whole part of stalks. Yet this part the charcoal
happened into half of the total surface area.

- 40% Area Loss
(60% Remaining Area)

- 30% Area Loss
(70% Remaining Area)

Some area has the charcoal yet after the compressive test,
there are some cracking.

- 20% Area Loss
(80% Remaining Area)

Only small part which had the charcoal. Technically, this
specimen is in good condition.

- 10% Area Loss
(90% Remaining Area)

The specimen was located in the middle of the column
when the fire testing happened. It has no serious damage.
Figure 15: Structural damage observation

5 CONCLUSION
In order to provide the result of the Moso
bamboo’s behaviour under the fire mechanical
properties, after several testing had conducted, the
following observations can be concluded.
(1) The test showed that bamboo was able to resist
under the high temperature. There were some
charring but they were still can be categorized
as the safe component. For each of the result,
those were tested using the compressive
machine. In order to investigate more the
mechanical properties and the behaviour after
the fire. The result showed that some of the
specimen with the more than 50% remaining
area was quite good to resist the compression.
(2) Structural behaviour of those specimens, some
of them showed buckling effect and it is not safe
for the construction. Some cracking may
happened into several specimen. As it known
that bamboo wall covered by its hard epidermis
and inner wax layer. This part may got burnt
before the other part inside the culm.
(3) Decomposition at the physical part of bamboo,
may cause the charcoal as the layer to protect
the other non-burning part. Some part of
bamboo may get loss its part after the burning.
(4) For the small scale bamboo building that needs
10 minutes time protection bamboo without fire
proofing, the arrangement from this research
can be used as the guideline. Based on the
compressive test, the 10 minutes burning
without fire proofing is still workable for
material construction.
(5) From the design point of view, the mechanical
properties of bamboo at this investigation, it can
be used as the proposed design, in order to
protect the structure for at least 10 minutes, with
the increasing of the bamboo size, the fire
protection timing is expected to be extended.
(6) For the future investigation on bamboo
material, it needs to be studied more about the
round bamboo physical properties. Either using
some fire proof to improve the abilities upon the
fire or to try another way of arrangement to
protect the central column.
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THERMALLY DRIVEN FAILURE MODE CHANGES IN BONDED
TIMBER JOINTS
Al and r Ni olaidis, Ri hard Em rl y2, Dilum F rnando3, Jos Tor ro4
ABSTRACT: The scope of the following research undertaken at the University of Queensland looks into timber bonded
joints and failure mode changes when fire relevant heat is applied. Pre-defined temperature profiles through the timber
enabled testing of a range of bond line temperatures for a range of heat fluxes from realistic fire exposures. A single lap
shear test was used as the testing methodology for the experimental study with a focus on failure mode observation, failure
loads and bond line slip. A series of temperature tests were conducted resulting in the identification of failure mode
changes with increasing bond line temperatures along with the observations of bond line slipping and normal force
peeling.
KEYWORDS: Bond strength, Bond temperature, Failure modes, Fire exposure, De-bonding

1 INTRODUCTION 123
In the context of tall buildings, timber has become an
appealing option given its renewable properties and the
advancement in mass engineered timber panels. Timber is
slowly becoming a more viable option to replace or
integrate with steel and concrete in construction of tall
buildings. The integrated use of timber and adhesive to
construct large panels that can be fabricated to a
designer’s desired size without the limitation of tree size
allows for design and architectural flexibility.
Already a number of timber framed buildings have been
constructed. The Stadhaus (9 storeys) in London [1] and
The Forte Building (10 Storeys) in Melbourne [2] both
utilise cross laminated timber as the main structural
component. The world’s tallest timber building, Treet (14
Storeys) in Norway [3] utilises glulam timber beams as
the main structural component. These buildings shown the
potential for adhesively bonded timber panels in
construction.
This envelope of tall timber construction is being pushed
further with feasibility studies available for even taller
buildings. mgb Architecture + Design produced a report
detailing the feasibility of a 30 storey residential timber
building [4] and Skidmore, Owings & Merrill proposed a
42 storey timber tower outlining the structural feasibility
of the building and the areas of concern. An integrated
design of timber and concrete was used with the primary
structural members being mass engineered timber panels
in the form of cross-laminated timber [5].
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The combustible properties of timber create a problem
with exposed timber in larger buildings as the fire
performance of mass engineered timber panels in fire
scenarios is not well understood. The composite nature of
mass engineered timber in particular the ability for the
adhesive to retain its strength and bond to the timber plies
when subjected to heating is not well understood. This
work looks at a systematic approach to improve
understanding of the behaviour of the bond lines at
elevated temperatures.
1.1 PURPOSE
The purpose of this research centred on the knowledge
gap of the performance of adhesively bonded timber joints
(mass engineered timber panels) in fire scenarios.
Adhesive bond performance at ambient conditions was
studied with the intentions to show that timber fails before
adhesive failure indicating strong bonding. With the
addition of temperature, the performance of bond strength
and failure modes lacks thorough understanding. The goal
of this research is to observe the failure mode changes
with increasing bond temperature.
Experimental studies were conducted in order to achieve
these goals. Structural testing in the form of single lap
shear tests looked at the adhesive performance and failure
modes with increasing temperature. This paper directly
relates timber bonded joints in a thermal environment to
exposed timber in fire scenarios in order to understand
what can happen in heavy timber construction of tall
buildings.
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2 LITERATURE REVIEW
2.1 FIRE AND TIMBER
Establishing adequate performance in fire requires
predicting the development and the degree of damage a
fire can cause. To predict fire development, understanding
the burning rates of materials in a number of arrangements
and configurations is important. The development of a fire
curve is usually used to anticipate what the fire might do.
Fires are typically represented by the heat release rate over
time [6] (Figure 1). The heat release rate is then used to
establish the fire exposure.
Figure 2: im er e pose to ire

Given that engineered timber is experiencing a
renaissance, understand or outlining what might occur at
the boundary of the adhesive and timber in a fire scenario
is extremely important.

Figure 1: ire Cur e

Timber itself has predictable behaviour and the fire
performance of an isolated timber panel is reasonable well
understood and is quite a predictable process. The
performance of these panels is quite good in terms of fire
resistance given the slow burning rate of the timber.
However, the addition of the adhesive layer between the
timber panels creates new problems that can affect the
stages of the fire.
When heavy timber panels are exposed to fire the surface
of the timber ignites and burns rapidly and a layer of char
begins to form. The char provides an insulating layer to
the solid timber below and slows down to a steady burning
rate [7]. This creates thermal gradient within the timber
due to the low thermal conductivity and nature of timber
as a thermally thick material. It is these thermal properties
that give timber fire resistant properties [8]. Along with
the section size and the predicted fire duration, a fire
resistant period can be calculated. The heated zone of the
timber beyond the char layer is known as the pyrolysis
zone. The onset of pyrolysis corresponds to temperatures
of about 300℃ [9] and decomposition of timber occurs in
this zone. Figure 2 shows the parts of timber and the
degradation when exposed to a fire.

When the char layer of the timber proceeds toward an
adhesive layer, the potential for the layer to fall off is
increased (de-bond) (Figure 3). This causes issues for
design and fire resistance in the sense that the new layer
is completely exposed to the fire with no protection from
the char layer that has de-bonded. The layer that has fallen
off and also now can contribute to the fuel load of the fire
[10].

Figure 3: ayer e- on ing as char procee s through to the
a hesi e layer

An experimental study was conducted to establish the
self-extinguishment capacity of cross laminated timber.
Within the study a variety of heat fluxes were applied to a
sample of cross-laminated timber via a conical heater. The
heat flux range used represented a typically incident heat
flux that could be experienced by an exposed mass timber
panel in a compartment fire. Temperatures at a series of
depths were recorded over time throughout the tests.
Results from the 6kW heat flux test are shown below in
Figure 4. Other tests were also conducted with heat fluxes
of 30kW, 50kW, 65kW, 80kW, 90kW and 100kW [12].
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2.2 BONDED JOINTS
In adhesively bonded joints, based on the loading
conditions, the following modes of fracture/stresses occur
(Figure 6).

Figure 4: k m heat lu applie to a sample o crosslaminate tim er

A study by McGregor [10] emphasises the impact that a
de-bonding panels can make in a fire. Figure 5 shows the
results from the test of both protected and unprotected
compartment fire tests indicating the contribution of
cross-laminated timber to the unprotected fire. The
unprotected test involved lining the room with 3-ply cross
laminated timber panels.
Tests 2 and 4 on the graph shows the heat release rate with
protected walls. A peak heat release rate of 5MW is
reached and steadies at 4MW for a duration of
approximately 7 mins. Test 5 shows a compartment fire
with an exposed lining on the walls and ceiling of CLT.
Immediately, the growth period is far more rapid with an
increase to a heat release rate 7MW. This compartment
fire lasted at the high heat release rate for a considerable
duration. While the CLT can massively contribute to a
fire, these tests do not establish with enough detail the
reasons for the negative behaviour.

Figure 6:

o es o racture o

on e joints

Adhesive is able to connect two materials together in
order to assemble structures. In adhesively bonded joints,
load is transmitted from one adhered to the other through
the adhesive. Adhesive joints are used over mechanical
fasteners as the area is larger and thus can distribute
stresses more uniformly over the bonded length,
minimising high stress points.
Adhesive bonding has been widely used in composite
constructions, and is the method used in joining the
lamina in CLT.
With the increased use of adhesive, understanding the
stress distribution of these adhesively bonded joints is
important. Single-lap joint test has been a commonly used
test setup to analyse given the simplicity and efficiency it
provides to modelling and experimental studies. The
single-lap test has become a standard test for the
determination of mechanical properties of adhesively
bonded joints [14]. In a single-lap joint, the stresses that
are experienced within the adhesive layer can be
categorised into two components, normal “peeling”
stresses and shear stresses [14].
2.3 BONDED JOINTS WITH TEMPERATURE
Some research has looked into the shear strength of onecomponent polyurethane glues exposed to a thermal load.
The study conducted by Frangi, et al. [15] involved a
number of glues with 74 tests performed for each glue. A
double lapped shear test was used with temperatures
ranging from 20°C to 170°C. The type of failure modes
that were observed in the testing are as follows;

Figure 5: Compartment ire tests an C
RR

contri ution to the

Given that CLT exhibits self-extinction conditions while
maintaining mechanical integrity, a loss of mechanical
integrity can result in layers of CLT contributing to the
fire. Thus, mechanical integrity becomes a critical factor
that deserves closer study.

Left of Figure 7 shows a failure of the timber outside of
the bonded zone, the middle shows an adhesion failure
between the adhesive and the timber and the image on the
right showing a cohesion failure of the adhesive. These
failures indicate a weakening of the adhesive layer with
an increase in temperature and the change from a
predicted to an unpredictable failure [15].
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was grip based on the visual inspection of slight
indentation of the grip ends as can be seen in Figure 9.

Figure 7: ailure o

on e sample

3 EXPERIMENTS
The design of most if not all tall timber buildings utilises
engineered timber products as discussed in the literature
review. Given these are all glued timber joints
understanding how they perform in fire scenarios when a
heat flux or heated boundary conditions is applied is
important. Links with the compartment fire testing are
made in order to determine the range of realistic
temperatures that a bond line at a certain depth will
experience and testing of this nature was conducted by
Emberley [12]. A series of tests were devised with this in
mind. The methodology chosen was to conduct single-lap
shear tests with the intention to provide visual
observations and photographic documentation of failure
mode changes with increasing temperature. While
conducting the tests, force and displacement along the
length of the bond line was recorded.

Figure 9: ample grippe in place sho n y the slight
in entation o the tim er en

The displacement rate used was 0.6mm/min until the
failure of the sample occurred. The test setup for the
ambient series of testing is shown in Figure 10.

A single lap shear test was used as the testing
methodology for this study to isolate bond strength
degradation of the bonded joint as temperature changes.
A series of tests were conducted with 1400mm length
samples that had a 600mm bond length. The sample
geometry is shown below in Figure 8.

Figure 8: ample imensions an cross-section

All the samples were made using radiata pine (timber) and
a one-component structural polyurethane was used to
bond timber plies together. Procurement of the samples
lasted a duration of four hours with the pressing pressure
of 1MPa.
The samples were tested with the following range of
temperatures inside the bond line, ambient (20°C), 80°C,
110°C, and 150°C. These temperatures were chosen as
they represent typical temperatures bond lines reach when
exposed to compartment fire level heat fluxes. These
values were obtained from the temperature depth profile
research on cross laminated timber from the work
conducted by Emberley [12].
3.1 AMBIENT TESTING
A set of four tests were conducted in ambient conditions.
On the day of testing the temperature was approximately
20°C. The sample was initially placed in the position in
which it would be loaded in by the 1MN MTS machine.
The sample was centred and gripped. The testing machine
used typically tests higher strength materials like steel and
as such read no grip pressure on the timber. The sample

Figure 10: m ient testing setup

3.2 ELEVATED TEMPERATURE TESTS
To run the elevated temperature tests, a similar
methodology was used to the ambient testing with the
addition of an environmental chamber. Testing was
conducted for samples with a bond line temperature at
80°C, 110°C and 150°C.
Prior to the elevated temperature tests, the heating times
for the bond line temperature targets had to be established.
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Based on interaction between the temperature and the
moisture properties of timber, two time durations for the
heating periods were set. Given that moisture migration in
timber occurs at 100°C extra heating time for the target
bond lines above this point was given.
Timber with its low thermal inertia would require a long
heating period in order to equate the gas temperature to
the centre of the bond line temperature. Based on time
constraints for conducting tests small temperature
gradients from the exposure surface of the timber to the
centre of the bond line were deemed acceptable. The
heating period for the 80°C bond line was set at 1 hour
and the heating period for the 110°C and 150°C bond lines
was set at 1.5 hours to allow for the duration of moisture
migration within the sample.
A number of bonded joints were made and small holes
were drilled through the glue line to the centre of the bond
line along its length. Thin thermocouples were inserted
into the holes and connect to a data logger for the
recording of the temperature shown in Figure 11.

The resulting gas temperature to reach the bond line
temperatures are as follows see Table 1
Table 1: Bond line temperatures – environmental chamber
settings

Bond Line
temperature
target (°C)
80
110
150

Heating
duration
(minutes)
60
90
90

Environmental
Chamber Gas
Temperature (°C)
100
150
195

For the single-lap shear testing a consistent methodology
was used. The sample was placed in the 1MN MTS
machine and was gripped top and bottom with the same
method as the ambient tests (Figure 9). The environmental
chamber was positioned around the bond line and any
holes were plugged with rock wool to ensure no heating
losses were experienced during the heating period. The
environmental chamber was turned on and allowed to heat
the sample at the gas temperature identified for the heating
duration required based on bond line target temperature.
Once the heating period had been finished the chamber
was moved out of the way and the loading was
immediately started. The samples were loaded with a
displacement rate of 0.6mm/min until failure. The setup is
shown in Figure 13.

Figure 11: hermocouples place in the on e joint at the
centre o the on line or temperature recor ings

In order to determine the gas temperature required to get
the bond line to 80°C in 1 hour and the gas temperatures
to get the bond line to 110°C and 150°C in 1.5 hours a
number of tests were run. The gas temperature was set and
the test was run for the heating duration time required and
the thermocouples were continually monitored to until the
bond line reached the desired temperature. This was
conducted for the 3 bond line target temperatures. The
setup is shown in Figure 12.

Figure 13: esting setup ith the a ition o the
en ironmental cham er or the ele ate temperature tests

4 R sults

Figure 12: ample itte
en ironmental cham er

ith thermocouples an place in the

Through the series of tests visual observations were noted
and inspections of failure modes post testing were
investigated. Multiple tests were conducted at a range of
temperatures, broad discussion of the results from each
temperature range with in-depth discussion of a
representative sample is elaborated. The failure load and
displacement of the samples for all 15 tests conducted is
shown in Table 2. At 80°C the highest displacements are
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seen in comparison to the others test, and a general
decreasing trend in the maximum force is experienced by
the samples with the increases in temperature. Further
details of this is discussed within the characteristic
representation of the test groups.
Table 2: Failure load and displacement

Test
Ambient – 1

Ambient – 2
Ambient – 3
Ambient – 4
80°C – 1
80°C – 2
80°C – 3
80°C – 4
80°C – 5
80°C – 6
110°C – 1
110°C – 2
110°C – 3
150°C – 1
150°C – 2

Maximum
Force (kN)
44.57

41.57
33.07
18.4
39.41
25.13
36.12
32.43
30.57
34.75
26.88
29.43
24.26
25.95
32.73

Failure
Displacement
(mm)
3.56

3.56
1.87
1.2
33
2.48
7.35
9.18
5.61
5.39
4.32
2.46
1.54
1.82
2.94

4.1 AMBIENT TESTS
The governing failure for all of the ambient tests resulted
in a timber failure. This indicates that at ambient
conditions the strength of timber (i.e. the tensile capacity
of timber) is lower than the bond strength (i.e. ultimate
load carrying capacity of the bonded joint). Bond strength
however, depends on the axial stiffness of the timber
plates and the bonded area of the joint. Inadequate bonded
area may reduce the bond strength below the strength of
timber, thus resulting in de-bonding failure.
As the goal was to investigate the de-bonding failure
change with temperature the length of the bond was fixed
at a length greater than the effective bond length (i.e. the
minimum bond length required to achieve ultimate bond
strength, beyond which further increase in the bond length
does not lead to further increase in the bond strength but
does lead to an increase in ductility) to ensure that the
timber strength was governing in the ambient tests.
Failure of the ambient tests are shown in Figure 14. Even
though all failed in the timber, the variety of timber
failures that are seen is due to inhomogeneous properties
of timber and different weak points in the timber.

Figure 14: m ient test ailures tim er ailure

4.2

C TESTS

The results of the 80°C test showed some interesting and
unexpected results. At this point in the testing the
methodology was to apply a constant displacement rate
(0.6mm/min) to the sample the throughout the entire test
until failure.
With the addition of an elevated bond line temperature,
the first 80°C test lasted approximately 55 minutes at a
0.6mm/min displacement rate. Given that the
environmental chamber door was opened after the defined
heating period to allow for observations, heat losses
would have been high. With the cooling of the sample,
load kept increasing which is believed due to the regaining
of the adhesive strength. 800C-1 sample also showed a
large displacement of 33mm before failure, which again
is believed to be due to change in adhesive properties with
reducing temperature. To ensure minimal heat losses the
chosen displacement rate was thought to have been able
to cause failure in the sample within a 5-6-minute period
minimising any heat losses; however, this was not the
case.
A displacement rate of 0.6mm/min was kept in the initial
loading stages but with plateauing of the forcedisplacement plot the loading rate was increased to
1.5mm/min for the remainder of the tests. This method
was employed in the rest of the temperature tests. With
the rest of the 80°C tests, a mixture of failure modes was
seen. Test 2 showed predominantly timber failure with
slight de-bonding at the plate ends. Test 3 and 5 exhibited
significant de-bonding within timber near to the bond line
along the length of the bond line, and to a lesser extend
adhesion failure at the timber adhesive bi-material
interface. Test 4 and 6 both failed due to timber failure
(i.e. tensile failure) outside the bond. The failures of each
test are shown in Figure 15. On average, 800C tests
showed larger deformations at failure than ambient test
samples.
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However, in 150°C samples, a reduction in the
displacements at failure was observed. This is believed to
be resulted due to change in stress conditions within the
bonded interface. During the testing, large separations of
the bonded plates were observed (Figure 20). Such large
separations will influence the interfacial stresses, thus
changing the mixed mode ratio (i.e. the ratio between
normal and shear stress components) thus affecting the
total mixed mode fracture energy of the joint. Further
studies are necessary to better understand and quantify
these effects.

Figure 15:

C test ailures

4.3 11 C TESTS
The 110°C test experienced lower failure loads (Table 2).
As the increase in bond-line temperature is expected to
reduce the bond strength, thus lower failure loads are
expected at 1100C, failure mode was not due to debonding but occurred as timber tensile failure (Figure 17).
Test 1 failed on the edge of the bond line and evidence of
slip can be seen in the photo. Test 2 and 3 showed a similar
failure mode with initial de-bonding at the free end with
small propagation to a timber failure. These timber
failures had lower loads than the majority of the ambient
indicating weak spots in the timber. The results from this
series provided minimal progress due to this reason.
Figure 17:

4.

C test ailures

COMPARISON OF TESTS AND FAILURE
MODES

An in depth analysis of some of the tests above was
conducted explaining some of the observations
throughout the testing coupled with some quantitative
data that was recorded through the testing.

Figure 16:

4.4 1

C test ailures

C TESTS

The results from the 150°C test showed a consistent
failure mode with the 2 tests. Both samples showed
cohesion failure along the majority of the bond line. The
failures can be seen in Figure 17. Test 1 showed a
cohesion failure along the entire length of the bond line.
Test 2 had a similar failure with some adhesion failure of
the timber and adhesive bi-material interface towards the
end of the bonded joint. From ambient to 80°C tests an
increase in the displacement at failure was observed.

The force displacement data that was examined post
testing also outlines the changing failure modes. With a
representative sample from the ambient, 80°C and 150°C
tests, a comparison can be made. Given the results from
the 110°C tests, no new phenomena were seen with the
increase in temperature from the 80°C test. Figure 18
shows the force displacement data from ambient test 1,
80°C test 3 and 150°C test 1.
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than the actual bond length, failure may occur in a brittle
manner due to insufficient bond length, and
(b) During the experiments, significant
separations of the timber plates were observed (Figure
20). These separations, which changed the loading
eccentricities may affect the interfacial mode mixing, thus
may affect the total mixed mode fracture energy.
Especially if the mode I stresses becomes higher, a lower
mixed mode fracture energy may result, thus reducing the
ultimate load.
It is difficult to clearly identify which mechanism(s) of the
above contributed to the behaviour seen in 150°C
samples. More investigations are required to clearly
identify the failure mechanism.

Figure 18: orce – isplacement ata through testing

The ambient force displacement data shows a reasonably
constant gradient, working within the elastic range with
timber as the governing failure mode at the end. The 80°C
shows the curve tracking the ambient test curve through
the initial loading stages. At the point of approximately
25-30kN of load the gradient starts to plateau. From the
investigations from other types of bonded joints (e.g.
CFRP-to-steel bonded joints), such nonlinear behaviour
of the load-displacement curve was observed due to
softening of the bonded interface and once end region
stresses dropped to zero (i.e. de-bonding initiation) load
gradient start to plateau with damage propagating into the
bond line [16]. From the thermal load (temperature)
increases on the bond line, it appears that softening of the
adhesive near the plate ends starts at a load closer to 18kN
(Figure 19). De-bonding appears to have initiated at a load
30kN at a displacement 4.5mm. This then have followed
with a significant period of loading in which the debonding propagation into the bond line has allowed the
timber bonded joint to displace with little to no increase
in the force. Towards the end of the test the failure shows
to change from de-bonding to delamination failure within
timber towards the middle of the bond (Figure 16). On
average, 80°C test showed larger deformations at failure
than ambient test samples.
The 150°C bond line temperature test again shows
similarities to the ambient and 80°C test in the initial
loading stages of the test. This indicates that even with the
temperature increases in the sample in the initial loading
phase the stiffness of all samples is reasonable consistent.
Given the low thickness of the adhesive, any reduction in
the adhesive stiffness is unlikely to result in significant
difference in overall stiffness of the load-displacement
curve. Similar observations were made on tests of
different types of bond joints [16].
Unlike 80°C tests, 150°C tests showed no load plateau and
failed in a brittle manner. This is believed to be due to one
or both of the following reasons:
(a) Reduction in the stiffness of the adhesive
layer is likely to increase the effective bond length of the
bond joint. If this effective bond length becomes larger

Figure 19: rogression o peeling through the on line or a
C on line temperature sample, stages -

4.

FAILURE LOADS

Visual inspection of the testing showed clear failure mode
changes with increasing temperature. Identifying the type
of failure given that timber is inhomogeneous and may
have weak points is important. Figure 20 shows the
failure loads from the 15 tests conducted based on the
maximum load experienced during the tests (not
necessarily the load just before the sample broke or peeled
apart).

Figure 20: ailure loa s or all samples ith pre icte linear
o n ar tren in ailure orce ith increasing temperature

Trends emerge from the failure loads across the structural
test series. The inhomogeneous properties of timber
caused a large amount of scatter within the ambient tests.
This scatter can be seen to reduce with the effect of
elevated bond line temperatures. Typical glass transition
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temperatures of glues range from 80 – 100°C and as such
the failure modes with bond line temperatures above the
glass transition temperature will start to be governed by
the glue as the physical properties of the glue are changing
and weakening. This was the case for the 150°C tests. As
previously mentioned and noted in Figure 20, a potential
for timber failure even past the glass transition
temperature was seen in the 110°C tests. Despite these
highlighted points, evidence shows a linear downward
trend in failure loads with increasing temperature. Slight
deviations off the linear downward trend are seen;
however, with more testing, the trend could be solidified.
The effective bond length altered with increasing
temperature. For example, with a bond line temperature
of 150°C and a bond length greater than 600mm, the
failure mode again could drop back to a similar result as
the 80°C test that was shown. This could be an area for
further research.

CONCLUSION

[4]
[5]
[6]
[7]
[8]
[9]
[10]

[11]

In response to the gap in knowledge identified through the
literature review of thermal performance of timber
bonded joints, a successful experimental methodology
was established in order to achieve the research goals.

[12]

Single-lap shear tests were conducted at a range of
temperatures from 20°C to 150°C based on fire testing. A
clear failure mode change was observed as the
temperature reduced the strength of the bond below the
effective bond length and this was and backed up with
quantitative results.

[13]

[14]

A complex evolution of the failure mode of mass timber
products exists as temperatures increase shifting from
timber to cohesion failure. This study emphasizes the
need to further understand the behaviour of engineered
timber products under fire conditions.

[15]
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HEAT TRANSFER THROUGH MASS TIMBER CONNECTIONS
Andr a La ton1, Ri hard Em rl y2, Jos L. Tor ro3
ABSTRACT: The advance in mass timber products has allowed buildings to be revolutionised. Medium rise buildings
can utilise these panels as the main structural components achieving suitable strength and rigidity. Structural connections
often pose the weakest element in timber construction and having an understanding of how they perform structurally in
ambient as well as in fire conditions is important.
This research paper presents an analysis of heat transfer through mass timber connections with boundary conditions
defined appropriately for fire conditions. The model does not seek to replicate furnace conditions. A proper understanding
of the boundary conditions and energy balance on the surface of the specimens is needed in order to correctly model
timber connections in fire. The experiments in this research project use radiant panels to provide a consistent known heat
flux to the samples. The experimental results were verified with two finite element models which proved similar.

KEYWORDS: Timber-steel connections, finite element model, fire, heat transfer, mass timber products

1 INTRODUCTION 123
Tall buildings provide a unique challenge to the
sustainability movement as they offer both positive and
negative environmental issues. Steel, concrete, masonry
and wood are the four primary materials used in order to
design buildings [1]. Although all of these materials are
utilised in the construction of low-rise buildings, steel and
concrete are almost used exclusively in high-rise
buildings due to their non-combustible properties and
higher material strength compared to both masonry and
timber. These factors have limited the use of timber to
low-rise buildings where it continues to be an inexpensive
and readily available material.
Recent advances in central Europe have introduced the
concept of heavy or mass timber construction. Heavy
timber construction uses fewer, larger section of
engineered timber to resist loads. Engineered woods have
strengths that are considerably greater than regular sawn
lumber and comparable strength to density ratio to both
concrete and steel. Although a large range of engineered
timber exists, the basic concepts of utilizing the composite
action between two pieces of timber and the glue adhering
them together to achieve the required section strength is
constant throughout the different type of engineered
timbers.
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Fire protection in high-rise buildings is extremely
complex due to long egress times and distances. Unlike
concrete and steel, wood is combustible, which poses
another complexity to the system when trying to utilise
timber as the main structural component.
Connections often pose as the weakest structural
components in buildings in normal and fire conditions.
This is due to inadequate designs being implemented and
unknown performance of the implemented connection in
hostile environments such as fires and earthquakes [2]. In
regards to the design of connections for tall timber
buildings, little knowledge exists on how these newly
proposed connections perform in fire conditions.
Research and tests need to be conducted in order to see if
the connections implemented in these designs will change
in stiffness due to temperature variations and open up gaps
that jeopardize vertical compartmentation [1].
The first stage in understanding how a connection
performs when subjected to an external heat flux is having
an understanding of how the temperature profile within
the connection changes over the duration of the fire.
Having a full knowledge of how thermal energy is
transferred through a connection allows one to gain a full
understanding into which component of the connection
will cause failure first.
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1.1 PURPOSE
The purpose of this research was to develop a
methodology that correctly obtained temperature
distributions within steel bolted mass timber connections.
This was done through experiments and finite element
modelling. The performance of timber connections
subjected to elevated temperatures has been studied in the
past; however, the methodologies used in the
experimental tests often cause complications in achieving
well-defined boundary conditions.
Experiments were designed in two stages. The first stage
was the determination of the range of heat fluxes a
connection in a compartment could be subjected to
throughout the course of a fire. The second stage was the
application of a constant heat flux to a mass timber
connection in order to measure the temperature profile of
the steel and timber.
The numerical modelling stage of this project consisted of
analysing two two-dimensional cross sections for each
experimental connection in ANSYS. The cross sections
modelled were subjected to the same boundary conditions
as the experiment. The reason for this model was to
produce an accurate prediction of the temperature profile
of a steel timber connection when subjected to a range of
heat fluxes. This model could then be adapted for various
steel timber connection designs.

2

LITERATURE REVIEW

2.1 FIRE AND TIMBER
The combustible nature of wood requires a proper
understanding of the phenomena in order to correctly
quantify the performance of timber structures in fire. The
failure of structural elements due to fire can be categorised
into two main groups. The first failure method is a
decrease in the mechanical properties of timber due to the
rise in temperature. This is a common failure mode of
metallic connections which can fail at relatively low
temperatures [3]. At higher temperatures the failure
modes in timber tend to be due to the reduction in cross
section caused by the member charring [4]. When
subjected to an external heat flux the lignin, cellulose and
hemicellulose of the wood starts to decompose. At
approximately 100oC the moisture contained in the timber
voids begins evaporating. The evaporation causes an
increase in pressure resulting in liquid water and vapour
to move either outside the cross-section or deeper into the
cooler section of the wood matrix [5].
Once the surface of the timber element reaches 300365oC, flaming combustion occurs and a char layer starts
to form. The base of the char layer is approximately 300oC
and any layer in the timber above 200 oC is known as the
pyrolysis zone, which undergoes thermal decomposition
into gaseous compounds. The char depth increases at a
relatively constant rate [4]. The depth from the pyrolysis
front to ambient temperatures is known as the thermal
penetration depth and is typically about 25-30 mm [6].
Charring of wood elements is commonly considered to be
the most common failure mode in regards to timber steel

connections. The brittle layer of char cannot support any
load causing an increase in stress in the reduced cross
section of wood.
Timber is weakened when exposed to an increase in
temperature and changes in moisture content [7]. As
stated earlier timber does not have to be combusting for
structural failures to occur. Gerhards in 1982 conducted
extensive research into the effect of moisture contents and
temperature on the mechanical properties of wood.
Gerhards research concluded that the modulus of
elasticity parallel to the grain decreased to 80% of its
equilibrium value at 30% moisture content and falling to
70% strength at a temperature of 200oC. Shear and
compressive strength decrease by 30% when the
temperature is at 50oC. Ostman in 1985 studied the tensile
strength of wood at high temperatures. His results
concluded that the tensile strength dropped by 40% of the
total tensile strength at 200 oC and a drop in 30% in the
modulus of elasticity when water content was also at this
percentage.
The embedded strength of timber was found to drop to
about 70% at temperatures around 80oC for both loading
parallel and perpendicular to the grain. This is an
important characteristic in connections as shear strength
is directly related to embedded strength [3]. Moraes found
that the embedded strength increased by 10% of the
ambient value between 100-120oC. The strength then
rapidly decreases to about 60% of the initial strength at
200°C. This can be explained by the behaviour of the
lignin matrix. The lignin attains glass transition between
60oC to 80oC which leads to loss of binding strength
between fibres [8].
2.2 PREVIOUS EXPERIMENTAL WORK AND
STANDARD FIRE RESISTANCE FURNACE
When determining the fire resistance within a connection
the majority of past literature studies used the reduced
cross section design method in which the temperature of
the wood has been taken from charring experiments
conducted in furnaces under standard fire exposures.
Current research papers such as P.J. Moss [9] and A.
Frangi [6], investigated fire performance of bolted
connections in laminated veneer lumber in a custom made
furnace and heated using the standard ISO 834 curve. M.
Audebert studied the thermo-mechanical behaviour of
timber-to-timber connections exposed to fire using
furnaces and ISO 834 temperature curves[10].
Results by A Frangi reviewed what failure modes
occurred in multiple shear steel to timber connections
when loaded to 0.3 𝐹𝑢 , 0.15𝐹𝑢 and 0.075 𝐹𝑢 then 15
minutes later were subjected to ISO 834 failure curves
until failure [6]. Frangi’s results showed that at ambient
conditions the samples tested mainly failed due to
embedment timber failures in combination with timber
splitting (Failure mode 3 in Figure 1). During heating
though, the connection failed via modes 1 and 2 Frangi
stated this was due to the fact that as the sample charred
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the steel dowels were not able to form plastic hinges in the
side timber members.

Figure 1: ailure mo es , an
ith one slotte in steel plate

or steel to connections

The connection testing carried out by P.J. Moss was
similar to Frangi utilising a furnace set to the standard ISO
834 fire cure. Instead of analysing one connection
configuration, three different joint arrangements were
tested (Figure 2).

Figure 2: oint arrangement as teste

Each specimen was loaded to a constant load of 29 kN
before testing and time to failure was recorded. Moss
recorded the fire resistance using the charring rate
method. Moss observed in his testing that the
thermocouples recorded very similar temperatures at all
positions in the connections. The conclusions from his
testing found that at ambient conditions all three
connections failed by longitudinal splitting in the LVL at
the bolt position. The connection with the wood mostly
exposed to the furnace lasted longer than those with large
areas of steel. Johansen’s yield equations were used to
predict the failure loads and the results yielded by these
equations were very similar to his experimental results.
Most of the research previous conducted has used the
same methodologies and similar connection geometry to
determine the temperature profiles within connections
when exposed to heated conditions. An alternative
approach is taken in this paper and is discussed below.
2.3 STANDARD FIRE RESISTANCE FURNACES
The Eurocode presents the following equation to predict
the temperature distribution in wood as a function of depth
in non-charred timber.



( )  20  1801  
 25 

2

(1)

This equation utilises the assumption that the temperature
of the char front is constant, and at all times the core of
the wood member is at ambient. The only section affected
by the temperature is the thermal penetration depth. The
thermal penetration depth is usually taken as a fixed value
and therefore is independent of an applied heat flux.
Equation 1 presented in the Eurocode assumes the
charring temperature to occur at 200 oC, hence the value
of 180oC (charring temperature-ambient temperature) and
the thermal penetration depth to be 25mm. Research by
Janssens and White shows that this formula correlates
with experimental results in fire resistance furnaces. The
conclusion can be made that equation 1 gives a
temperature distribution of timber that is only valid for the
uncharred sections and does not account for changes in
the heating conditions. Nevertheless, this equation was
based on the unique boundary conditions in fire resistance
furnaces.
Although many research papers use the standard fire
resistance curves for connection testing limitations with
the standard fire curve’s use and application are
continuously being identified. Figure 3 shows a
comparison between the standard fire and the parametric
curve of a realistic fire. The parametric curve shows to
some degrees a realistic fire; however, the curve is overdimensioned due to the low thermal conductivity of the
compartment used during testing which results in retained
heat. For this reason, the cooling curve was not included
as the cooling phase is defined by the walls. This figure
also shows a very simple heat transfer calculation of a
beam to show that the temperature evolution of the gas
could have drastic consequences on a structure. This
analysis clearly shows the utilisation of the standard fire
resistance curve would lead to an unrealistic performance
assessment of a fire [11].

Figure 3: Comparing the stan ar ire cur e to more realistic
ire relate cur es he tan ar temperature cure is per
an
stan s or almarnock ire est
,

The second problem with this methodology arises from
the variations of the imposed heat flux with time. The heat
flux is dependent on the temperature of the gas, type of
furnace lining and the geometry of the furnace and is
therefore different in every test configuration; hence, no
two furnaces yield the same results [13]. The final
problem with utilising a furnace is the boundary
conditions are hard to quantify. It is a common trend in
papers, which are using furnaces to mimic fire conditions,

WCTE 2016 e-book | 5255

to see that people are not quantifying the boundary
condition problem. Recent work [11] found that the heat
exchange between a sample and a furnace is extremely
complex and at many times simplifications relevant for a
furnace are not valid for fires. Torero defined and
compared the total heat flux to the surface for a furnace
and fire (Equations 2-3).
Furnace:
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Fire:
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These equations show that the total heat fluxes provided
by a furnace and a fire are different. The differences are
mainly due to the walls of the furnace and the hot smoke
close to the structural element. In the case of the fire, the
interaction between the structure and the optically thick
smoke can be quantified into one gas temperature and the
complexity relies on the heat transfer coefficient. The
furnace, however, requires two temperatures which are
the furnace lining and the gas temperature. Any true
performance assessment of a structure to be done using a
furnace must be resolved with great attention.
2.4 USING A CONSTANT HEAT FLUX
In order to measure the temperature profiles in wood, a
constant imposed heat flux is applied to the sample.
Applying a constant heat flux provides a straightforward
way to relate energy transformation and fire safety. The
temperature profiles have been measured for samples
exposed to a constant applied heat flux. Equipment
commonly used to provide a constant heat flux are the
cone calorimeter and radiant burners [14]. The cone
calorimeter can only be used on relatively small samples
due to the small radius of 40 mm. The advantage of using
these devices in testing over a furnace is that they provide
well-defined boundary conditions where convection and
radiation losses can be easily quantified and the applied
heat flux can be measured by a heat flux meter. Testing
various samples at various heat fluxes can also widen the
range of fire severity. These devices also allow for
measurement of mass loss and heat release rates as well
as ignition times. Experiments conducted in this manner
are much more controlled.
With the move towards performance based design of the
fire resistance of structures, more research needs to be
conducted using these accurate design models, which
utilise devises such as the cone calorimeter. Pedro Reszka
presented in 2008 [3] his research on in depth temperature
profiles of pyrolyzing wood. As part of the research, series
of in-depth temperature measurements in wood samples
exposed to radiant heat fluxes of 10 kWm−2 and 60 kWm−2
were conducted. Reszka concluded that for wood
temperature profiles to be modelled accurately, especially
when exposed to high heat fluxes, the heat transferred by

conduction, the heat of moisture evaporation, the heat of
pyrolysis reaction and the exothermic effect must all be
taken into consideration.
As this methodology has proven successful in modelling
wood, the method can be expanded in order to incorporate
metallic connectors in thermal modes. An expansion into
two-dimensional modelling is needed to allow for
accurate representation of bolted connections, which are
an import aspect of timber design.

3 EXPERIMENTS
In order to determine an accurate methodology to obtain
the correct temperature profile of a CLT metallic
connector a series of moment connections were
fabricated. These connections were then subjected to
constant uniform external heat fluxes of 5 kW/m2, 30
kW/m2 and 60 kW/m2. These heat fluxes were chosen as
they represent a wide set of exposures that a structural
component could potentially experience in a compartment
fire. Given the low temperature at which physical changes
start to take place in wood, researching timber
connections at a wide range of heat flux exposures is
critical to thorough understanding. All four tests
conducted lasted for exactly an hour under the constant
heat flux.
The temperature profiles within the test samples were
measured using thermocouples at various depths. The
results were then compared with a finite element model
developed using ANSYS. The experiment and the model
used corresponding boundary conditions.
The experimental sample used was a mass timber
connection (145×145×145mm) with four steel bolts
drilled through the timber. Four steel plates were
connected at the corners of the specimens (Figure 4) The
bolts utilised were 80 mm in length and 6 mm in diameter.

Figure 4: he le t sketch epicts a
ie o the e perimental
connection hile the centre igure sho s the imensions o the
corner steel racket

All samples consisted of the glue line of the CLT running
perpendicular to the applied heat flux except for one
sample where the glue line ran parallel to the applied heat
flux. This was done in order to determine whether the
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direction of the glue orientation influenced the
temperature profile of the connection.
An array of four radiant burners provided the constant
uniform heat flux to the specimens. Before the tests, the
burners were calibrated to ensure the correct heat flux was
applied to samples. The heat flux from the middle of the
specimen to the edge varied by 5% of the total heat flux.
Each sample was placed on Rockwool insulation to
minimize heat losses and ensure one-dimensional heating
through the cross-section, see Figure 5. The insulation
also served as protection for the thermocouples inserted
into the sample. Type-K thermocouples with a mineral
insulating body and a working range from ambient to
1260oC were used for the experiments. The
thermocouples were connected to a data logger which
recorded the temperature in the thermocouples every one
second and were tested before each test experiment.
Visual observations were made along with images of the
evolution of the sample.

Figure 5: iagrammatic representation o setup ith pictures

The positioning of the thermocouples was an important
decision in this experiment as the main outcome was to
determine the temperature profile of the timber steel
connection. As stated in the literature review, previous
studies such Reszka (2008) have used similar
methodology of applying a constant uniform heat flux to
determine the in-depth temperature profiles of pyrolyzing
wood. This study focused on the affects of metallic
connections on the temperature profiles. For this reason,
the thermocouples were located above and below the bolts
and close to the angled steel bracket. The holes drilled
were approximately 2mm in diameter. In order to protect
the thermocouples from the applied heat flux the
thermocouples were positioned from the back face of the
sample farther from the applied heat flux. Any thermal
bridges that occur due to the cold end of the thermocouple
were neglected.
Figure 6 shows the setup of the thermocouples in the
sample, the thermocouples stayed in there given places
throughout testing. Sixteen thermocouples were utilised
during testing. Seven thermocouples were placed 5 mm
above and below each bolt and one at the steel bolt itself.
The thermocouples were spaced 15 mm away from each
other.

Figure 6: ositioning o

hermocouples

4 RESULTS
4.1 VISUAL OBSERVATIONS
Two samples were investigated at a heat flux of 30
kW/m2. The difference between these samples is the
direction of the glue line relative to the applied heat flux.
The first sample tested had the glue line orientated
perpendicular to the applied heat flux, and the second
sample ran parallel. Once the sample was exposed to the
constant heat flux for approximately thirty seconds the
front of the sample blackened. The sample then ignited,
(Figure 7). The sample released vapours and pyrolysis
gases as soon as the constant heat flux was applied to the
sample. No water migration was visually observed in the
sample throughout the test; however, the temperature
results show the water migration occurring (Figure 10).
The reduction in the heating rate is caused by the heat sink
generated by the moisture evaporation. The
thermocouples placed in the timber closer to the applied
heat flux generated a larger change in gradient compared
to the thermocouples placed deeper in the samples. This
is an effect of water migration.

Figure 7: gnition o sample at

k

m

After the moisture migrates from the sample or deeper
into the cross-section the sample starts to undergo
pyrolysis, which was visually observed. The
thermocouple results show a constant gradient even
through the pyrolysis period. This is due to the weak
nature of the pyrolysis reaction. As no change in the
temperature gradient is observed when this reaction
occurs, only visual observations and reliance on literature
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findings can help to predict when charring occurs.
Pyrolysis in wood occurs at a temperature of 300oC [15].
A large flame was observed at the beginning of the
charring period, but after a short time the flame reduced
significantly. This is due to the insulating nature of the
char which regulates the amount of energy getting to the
unburnt timber. Once the test was completed, the sample
was inspected. The charring front was found to be
relatively parallel but slightly more predominate around
the side bolts. This could be due to the thermal properties
of the steel causing the timber surrounding the connection
to be heated faster than the timber without the metallic
connector in close proximity. After all the tests were
completed the samples were compared and the differences
between each were noted. Figure 8 shows a side on visual
representation of what the samples looked like after the
hour long applied heat flux.

Figure 8: amples a ter the completion o the tests le t to
right
, ,
and 5 kW/m2

Table 1: Re uction o length an
su jecte to i erent heat lu es

Sample
1(Perpendicular)
2(Perpendicular)
3 (Parallel)
4(Perpendicular)

Heat
flux
kW/m2
60
30
30
5

charring rate o samples

Reduction
in Length
(mm)
95
55
60
0

Charring
rate
(mm/min)
1.58
0.916
1
0

4.2 STEEL VS. TIMBER READINGS
The results show that the steel increases in temperature at
a faster rate than the timber. This is due to the thermal
properties of both materials. Steel has a thermal
conductivity orders of magnitude greater than timber.
Although the specific heat is higher in steel, the high
magnitude of the heat flux the sample is exposed too
provides enough energy to increase the temperature of the
sample. The same results can be observed during a 30
kW/m2 applied heat flux.
When observing the difference in temperature profiles
between the steel and the timber during the 60 and 30
kW/m2 tests the magnitude of the temperatures differed.
Thermocouple 32 read lower temperature readings than
thermocouple 4 which took the temperature readings of
the steel see Figure 9 for results. These thermocouples are
positioned the same distance away from the applied heat
flux. This temperature difference in the two materials
occurs as steel has higher thermal conductivity properties
compare to timber. This means steel conducts heat better.
The results from the 5kW/m2 test differed with the timber
temperatures bring higher in magnitude. This occurs, as
the 5kW/m2 heat flux does not provide enough energy to
lift the temperature of the steel to high enough levels to
conduct the temperature down the bolt. The results
concluded that when analysing the performance of the
bolted timber connection, different components will
govern the design when exposed to different heat fluxes.
These results show why it is important to analysis the
timber steel bolted connection over a range of applied heat
fluxes.

The samples exposed to 60 kW/m2 experienced
significant charring while the sample exposed to the 5
kW/m2 remained uncharred. The two samples exposed to
the 30 kW/m2 heat flux showed charring occurred to
greater extent along the bolt. The amount of cross-section
reduced in each sample was measured and the charring
rate under the imposed heat flux was then calculated. As
shown in Figure 8, the charring was more prominant in
bolted regiouns. The charring rates for the hour are given
as an average and are presented in Table 1. The applied
heat flux influenced the rate at which the sample
degredated.
Figure 9: emperature pro ile comparison o steel s tim er
near olt one
k m
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4.3 ANALYSING THE RAW TEMPERATURE
DATA
Any thermocouples, which failed during the test, were
either eliminated or recorded up until the point at which
they failed. After a portion of time, the temperature
gradient plateaued due to the sample reaching steady-state
or the thermocouple no longer reading the temperature of
the timber. The 30 and 60 kW/m2 applied heat flux caused
the char layer to eventually regress past the thermocouple
locations exposing them to air. The period in which the
gradient flattens was dependent on the positioning of the
thermocouples.
When analysing the results, the sixteen thermocouples
were graphed into two separate groups. Figure 10 presents
the thermocouple readings along bolt one. Figure 11
shows the thermocouples along bolt two. The results
presented in these graphs are the thermocouple readings
for the test sample (glue line perpendicular) which was
subjected to a 30 kW/m2 applied heat flux. Bolt one
(Figure 6) for this test shows thermocouples 25, 24, 23
and 22 which are closest to the edge of the sample
recording temperatures of lower magnitudes compared to
the thermocouples 1, 2, 3 and 11. The lower temperatures
can be explained due to losses to the atmosphere. The
experimental results show that the temperature in bolt two
(Figure 6) decrease with increasing distance away from
the applied heat flux. Thermocouples 4, 2 ,29 and 33 in
bolt two experienced higher temperatures than 4, 21, 29
and 33. This could be due to the insulation on the bottom
surface of the sample retaining heat. No edge burning was
observed during this test.
When analysing the other test results from 60 and 30
kW/m2 (glue line perpendicular) tests, thermocouples 25,
24, 23 and 22 situated close to bolt one near the edge of
the sample experienced higher temperatures compared to
the thermocouples 1, 2, 3 and 11. The thermocouple along
bolt two had no consistent pattern to whether the
temperature recording above or below the bolt was higher.
This is explained via the edge burning occurring.
The 5 kW/m2 did not ignite, the test results along bolt two
showed that temperature decreases with depth. Again
thermocouples closer to the edge experienced losses to the
atmosphere hence reducing temperature recordings by
approximately ten-degrees, excluding the steel results.
Thermocouples close to bolt one recorded much more
uniform result in comparison with the other test exposed
to higher heat fluxes.
When analysing the results (excluding the 5kW/m2 case),
the water migration occurring at 100°C is very evident see
Figure 10.

Figure 10:
k m e perimental results or thermocouples
situate in the tim er aroun olt one ote that the glue is
perpen icular to the applie heat lu

Figure 11: hermocouple results rom sample e pose to a
k m -heat lu
hermocouple
as recor ing the steel
temperature

-

After analysing the raw temperature data from the
experiments the following conclusions were made. The
first is that temperature readings decrease with depth into
the sample away from the applied heat flux. This is shown
through the readings from the thermocouples in bolt two.
Throughout all four tests the thermocouples placed at
different depths along bolt two saw a range of temperature
results over time. The temperature difference between
thermocouples on the side bolt that were not affected from
edge burning is quite large.
As the thermocouples are placed at different locations
within the sample the temperature recordings differ.
Thermocouples 32 and 34 which are 15mm apart recorded
a 100°C difference at 3500 seconds when subjected to 30
kW/m2 heat flux test. Thermocouple 32 recorded a
temperature of 500 °C while thermocouple 34 recorded
400°C. This difference in temperature in an example of
how the temperature distribution with in the sample varies
quite dramatically when subjected to an external heat flux.
Based on the 8-thermocouple readings in bolt one, which
were placed at the same depth into the sample (17.5 mm)
the positioning of the thermocouples within the sample
influences the temperature readings. This is due to the
boundary conditions. The thermocouples closest to the
edge recorded temperatures higher or lower than the
centre thermocouples depending on whether edge burning
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occurred. Edge burning was not desired in this
experiment, as a one-dimensional heating is not
maintained.
The thermocouples placed along the same line and depth
into the sample recorded very similar temperatures as the
boundary conditions are the same for these
thermocouples. Small variances occurred possibly due to
drilling errors, small changes in heat flux from the centre
of the sample to the edge, and the inhomogeneous
properties of wood. From the experimental results, a finite
element model, which showed the temperature profile of
the side and front bolt was developed.

MODELLING
.1 ANSYS SET UP
Two 2D cross-sections identical to the experimental
connections were modelled in ANSYS see Figure 12. This
allowed for the bi-directional geometry and the thermal
effects of the steel bolt on the CLT to be observed. As this
model is only interested in how the steel bolt and bracket
affect the CLT, a 2D model deemed suitable. The
boundary conditions applied were uniform over the entire
length of the sample. Figure 12 shows the two cross
sections that were analysed in ANSYS. The bolt used is
80 mm length width with a diameter of 6 mm.

Figure 12: Representati e cross sections mo elle in

.2 MODEL CONFIGURATION
Defining clear boundary conditions is fundamental to
replicating an experiment using a model. Constructing the
2D model twice was necessary due to the geometry of the
bolts in the connection. The boundary conditions for each
test are defined below. An initial temperature condition of
the connection was set at ambient. A uniform incident
heat flux was applied on the exterior surface of the cross
section with heat losses to the surroundings. Additional
heat losses occurred from the system from non-heated
exterior surfaces of the cross section. Finally, the
convective heat transfer coefficient (hT) was determined
for increasing values of surface temperature using a
correlation by Churchill and Chu (for a vertical plate)
[16].
The total heat transfer coefficient derived for this
investigation was assumed to be constant to simplify the

boundary conditions. If this simplification was not made
a temporal boundary condition would have been required
for each time step. A sensitivity analysis was undertaken
in order to determine how the temperature profile of the
model varies with hT. As discussed previously, the total
heat transfer coefficient comprising of both radiation and
convection was used to define the thermal source and
thermal sink boundary conditions for each given case.
Steel and timber properties were input into the model
along with the applied heat flux.
.3 MODELLING RESULTS
When analysing the experimental results of bolt two
subjected to a 5kW/m2 heat flux, thermocouples 4, 21, 29
and 33 closest to the atmosphere experienced losses. The
losses to the atmosphere resulted in a difference of
approximately 5oC to thermocouples 32, 34, 31 and 35
position at the same depth into the sample but further
away from the edge. In order to match the models results
to the experiment the heat transfer coefficients along the
sides of the model were varied until a match to each
thermocouple was made. An example of the ANSYS
results matching the experiment results for a 5 kW/m2 can
be seen in Figure 13.

Figure 13: Comparison o
results or a k m heat lu

results to the

perimental

When observing the temperatures profile of the 2D model
over time, it can be seen that the steel bolt is heating at a
much faster rate that the surrounding timber. This result
can be explained due to the thermal conductivity
properties of steel (45.8 W/m.K) being much high than
timber (0.17 W/m.K W). The general temperature profile
of model 1 shows the timber next to the steel at a much
higher temperature level compared to the timber situated
at the same depth but further away from the bolt. This
again can be explained by the steel heating at a faster rate
than the timber than transferring heat via conduction to
the timber at a cooler temperature. The model experience
losses to the surrounding and losses into the timber crosssection. See Figure 14 for the ANSYS model one exposed
to a 5kW/m2 heat flux.
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CONCLUSIONS
The first attempt of trialling this new methodology to
characterise the heat transfer through mass timber
connections was considered successful. This was due to
the fact that the material properties, heat flux, heat transfer
coefficients as well as correctly defined boundary
conditions could be implemented into the FEMs. The
experimental and modelling results differed potentially
due to water migration not being capture in the model.

Figure 14: hermal ro iles o

mo el one at

k

m

Model 2, seen in Figure 12, represents the thermocouples
placed at the same depth (17.5mm) into the sample. Four
thermocouples recorded temperatures readings 5 mm
above the bolt and the other thermocouples read recorded
temperatures 5 mm below the steel bolt. Due to this set up
the thermocouples above and below the bolt read different
temperatures. The thermocouples closest to the surface
experienced atmospheric losses, which led to the decrease
in overall temperature readings throughout the test
compared to the thermocouples embedded deeper into the
timber cross section. At the end of the test a gap
difference of approximately 20 oC can be seen between
the two sets of thermocouples.
The moisture in the timber was taken into account via
theoretical thermal properties taken from EN 1995-12:2004 (E). The experimental results taken for bolt two
(parallel-model 1) were able to be successfully matched
to an ANSYS model (Figure 15).

Figure 15: perimental results s
mo el or a
k m heat lu ith the glue line orientate parallel to the
applie heat

After the thermocouple results matched the model results
the temperature profile of bolt two could be observed
when subjected to an imposed heat flux of 30 kW/m2. The
thermal profile followed a similar shape to the 5 kW/m2
test.

The heat transfer occurring in the sample at 5 kW/m2
showed that thermocouples situated at the same depth
(17.5 mm) into the section away from the applied heat flux
read different temperatures. The thermocouples reading
temperatures further away from the edge of the sample
recorded the highest temperature. As time went on the
difference between the temperatures at different heights
increased. A difference of approximately 20°C can be seen
between the thermocouples positioned at varying heights.
The thermocouples positioned along bolt two showed that
the thermocouple readings over time increased in
temperature. Lastly the thermocouples reading the steel
temperatures over the 1-hour heating period recorded
slightly higher temperatures than the timber at a similar
spot. The ANSYS model was fully able to replicate the
experimental results. A full analysis of the temperature
profile at this heat flux was undertaken and the
temperature in the steel was found to be higher
temperature than the timber. The steel also increased the
temperature profile of the timber directly due to
conduction.
Results for the 60 and 30 kW/m2 (parallel) testing showed
similar trends in all thermocouple readings. The
magnitude of the temperature in the 60 kW/m2 tests was
greater. In model one, all tests showed that the points in
the model corresponding to thermocouple positioning 22
and 11 recorded the lowest temperatures and
thermocouples 32 and 4 recorded higher values. The
difference in the temperature between each thermocouple
positioned in model 2, which corresponds to bolt two
where 20 mm apart, was quite significant in the 30 kw/m2
testing. The difference was around 100oC. The 5 kw/m2
test showed difference in temperature to be 5 to 10 oC for
thermocouples positioned 20 mm away from each other.
Model 2 was harder to provide accurate results due to the
fact that during testing the thermocouples closest to the
edge were exposed to the atmosphere early on in the test
due to charring.
The edge burning in the 30 kW/m2 perpendicular test
caused the temperature in thermocouples 4, 21, 29, 33 to
change. The temperature readings increased due to the
non-uniform char front resulting in a changing heating
profile, see Figure 7. Edge burning is a source of error in
the experiments but the ANSYS model still matched by
changing the heat transfer coefficient. From a thermal
point of view the cover of the timber should be increased
to prevent the blot from being exposed so early on in the
test.
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The steel bracket situated on the outside of the connection
which is implemented for structural purposes to carry
loads, increases the overall temperature profile of the
connection being modelled. This is due to the thermal
properties of the steel. Although no tests were conducted
without the steel bracket, the model can be easily run with
no steel brackets to compared the results.
The steel bolt acted as thermal bridges transferring heat
from one side of the connection to the other. The timber
showed gradients in the temperature while the steel
portrayed more of a constant profile.
The experiments conducted allowed accurate models to
be made so the temperature profile of mass timber steel
connections could be determined.
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DELAMINATION OCCURRENCE IN ENGINEERED MASS TIMBER
PRODUCTS AT ELEVATED TEMPERATURES
Ri hard Em rl y,

yu Yu2, Dilum F rnando3, Jos L. Tor ro4

ABSTRACT: An experimental study was conducted to elucidate the effects of thermal penetration on delamination and
the potential changes in failure mode of CLT. The first test series studied thermal penetration depths at various heat
fluxes. The second test series consisted of single lap shear tests at homogeneous elevated temperatures followed by a
third test series that used the results of the previous tests to study the overall behaviour of CLT as a thermal wave
progressed through the material. If charring progresses at similar rates as the thermal wave, then failure due to loss of
cross section prevails. Results from the tests showed that the thermal penetration depth before the onset of charring
increases at lower heat fluxes. Bond lines with elevated temperatures affected the failure mode of CLT beams. If the
thermal wave propagates much faster than charring, then bond failure dominates the behaviour of the beams. The
evolution of the thermal loads exhibited in compartment fires therefore have the potential to change the failure mode of
CLT members from charring timber failure to cohesion failure with delamination of timber plies.
KEYWORDS: Delamination, Mass Timber Products, Fire, Thermal Penetration Depth, Failure Modes

1 Introdu tion1234
The widespread usage of cross-laminated timber (CLT)
and other engineered mass timber products has increased
over the past several years along with the height of
timber buildings. Currently the tallest buildings with
structural timber frames are the Treet (14 stories) [1] in
Bergen, Norway, the Forté Building (10 stories) in
Melbourne, Australia, and the Murray Grove Tower (9
stories) in London, United Kingdom [2]. Architects and
engineers continually push the boundaries of
construction, and timber buildings are no exception. mgb
ARCHITECTURE +DESIGN produced a report
demonstrating the feasibility of building upwards to 30
stories with timber [3]. To date, Skidmore, Owings, and
Merrill, LLP produced the tallest building design with a
structural timber frame of 42 stories [4]. Most recently,
PLP Architecture in conjunction with Cambridge
University and Smith and Wallwork released a
conceptual design for an 80 story timber tower [5]. All
of these designs are possible through the use of
engineered wood products such as a CLT.
CLT is a mass timber product where timber plies are
glued orthogonal to adjacent plies. Glue line spacing
depending on the thickness of the individual plies can
1
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range from 10 to 40mm depending on the situation [6].
CLT relies on the interfacial shear stress transfer
mechanism of the bonded interface to provide composite
action between timber layers and thus increase the
overall strength of the timber section. A completely
composite section is designed to have relatively
homogeneous properties in both longitudinal and
transverse directions with high stiffness and the ability to
span two directions [7]. CLT is designed for a failure
within timber with the adhesive being stronger than
timber. However, if the glue were to lose strength, thus
resulting in a loss of bond strength disproportionately to
the loss of strength in timber, then cohesion or adhesion
failure is possible. Such failures at the bonded interface,
called either debonding or delamination, has been shown
to occur in elevated temperature conditions such as those
in a compartment fire. Delamination is not only a
structural problem with loss of overall member strength
and increased deflections, but delamination is also a fire
problem. Delamination can lead to continued charring of
the cross section as well as increase the length and
intensity of a compartment fire [8-10].
The fundamental aspect defining delamination potential
is the thermal penetration depth into the timber member
and the increase in temperature of the bond line. When
"
exposed to an incident external heat flux, 𝑞̇ 𝑛𝑒𝑡
, the
surface of the timber member will increase in
temperature and energy will be transferred through the
cross section via conduction. Energy will be transferred
through the material creating a thermal profile ranging
from the surface temperature to ambient. As the
temperature continues to increase, pyrolysis will occur,

WCTE 2016 e-book | 5263

char will form, followed by flaming ignition. The char
layer which forms acts as insulation to the rest of the
timber cross section regulating the heat flux which
reaches the virgin wood. The thermal penetration depth
is defined as the distance from the pyrolysis layer,
typically defined by the 300°C isotherm, to ambient
temperature. Figure 1 diagrammatically shows the three
zones of heating of timber.

of the room especially the amount of ventilation. The
decay phase could be long in the event the fuel is
allowed to continue to burn. The fuel will eventually
reach burnout and depending on the geometry and
amount of ventilation the hot gases and smoke could
either dissipate slowly or relatively quickly. In the event
of fire brigade intervention, the decay phase could be
relatively short due to manual extinguishment of the fire
and mechanical ventilation of the hot gases and smoke.
Figure 2 gives an example of a general fire curve but in
reality the actual fire curve could be extremely varied in
time and magnitude. Small compartment fires could
reach flashover in as little as 5 minutes and last only 30
minutes. Open floor plan travelling fires could last
several hours and never reach flashover.

Figure 1: he three ones o heat trans er in tim er

Previous literature showed for normal timber thermal
penetration depths range from 25 to 50mm [11].These
numbers are mostly recorded from furnace testing but
recent research by Inghelbrecht suggested the thickness
of the thermal penetration tended towards the higher end
of the range for more realistic fire conditions [12].
The shape and length of the thermal penetration is a
function on several parameters; the most important being
the applied heat fluxes from the fire. Since timber is a
thermally thick material due to the low thermal
conductivity, the surface temperature increases more
rapidly than the heat is conducted into the solid. Because
of this phenomenon, thermal gradients are formed.
Higher heat fluxes yield larger thermal gradients
whereas lower heat fluxes yield smaller thermal
gradients.
Heat fluxes in fire events vary widely depending on
several factors including the geometry of the room, the
location of the fire, the size of the fire, build-up of
smoke, and the temperature of the smoke layer. The
magnitude of the heat fluxes produced by the fire will
vary depending on the time of the fire and the length of
the various stages (Figure 2). Lower heat fluxes will
occur during the growth and decay stages of a fire;
whereas, high heat fluxes will occur post-flashover. The
length of time a member is exposed to either the phases
of the fire is dependent upon a number of factors. The
growth phase of the fire depends on the flame spread
rates and the geometry of the compartment. Large open
floor plans may never reach flashover due to the fact a
sufficiently hot smoke layer may not form providing
enough radiation to increase burning rates. If flashover
occurs, the length of the post flashover fire, depends on
the amount of fuel in the compartment and the geometry

Figure 2: tages o a ire

The variation in heat flux in compartment fires is clearly
demonstrated in the Dalmarnock fire tests [13]. In the
tests, fires were started in compartments and the heat
fluxes to the surroundings were measured. Typical
average values range from 5-120 kW/m2. Applying that
range of heat flux values to timber would result in no
char forming (low end), smouldering combustion
(intermediate), and flaming combustion (high end).
Given that the strength of glue bonds is directly related
to temperature [6], thorough understanding of the
behaviour of glued timber joints during fire conditions
and the occurrence of debonding requires understanding
thermal penetration depths at realistic heat fluxes seen in
fires.

2 M thodolo y
A series of experiments were conducted to identify and
systematically study delamination of engineered timber.
The first set of experiments described in this paper was
focused on measuring the thermal penetration depth in
CLT at various heat fluxes. For the experiments, 5-ply
CLT blocks (120x120x145mm) made of European
spruce (425 kg/m3) were exposed to external heat fluxes
ranging from 6 to 100 kW/m2. The heat flux was
provided by a conical heater (Figure 3). The conical
heater guarantees an homogeneous heat flux on the
integrity of the timber surface.
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For each test, the specimens with attached
thermocouples were placed in front of the conical heater
(Figure 4Figure 5). In order to provide a constant
uniform heat flux at the exact start of the test, an
aluminium shield was placed between the heater and the
specimen. The cone heater was then set to the desired
heat flux and allowed to ramp up to a constant value.
Once the constant value was reached, the heat shield was
removed creating an instantaneous constant uniform heat
flux on the sample. This method eliminates the potential
for the sample to preheat above ambient or in cases of
high heat flux to ignite prior to the desired test heat flux.
Once the shield was the removed, the test was allowed to
progress for a predetermined period of time.

Figure 3:

perimental set-up

The moisture content of the samples was a consistent
13.1%. Twelve K-type thermocouples were placed
throughout the 145mm thick sample. The experiment
parameters are shown in Table 1. To gain higher
resolution closer to the heated surface, nine of the
thermocouples were placed within the first two plies.
The spacing of the thermocouples was calculated to
ensure that the heat conduction down the length of the
metal thermocouple would not disturb the onedimensional temperature distribution of the other eleven
sensors. The minimum spacing between the
thermocouples in the sample was calculated according to
the methodology prescribed by Reszka [14]. The
thermocouples were positioned around a circle of radius
30mm. Calibration tests were conducted to ensure the
heating was one-dimensional in the centre of the timber
block. During calibration using a CLT specimen
(189x189x145mm), thermocouples were spaced 50mm
apart and 101mm away from the surface exposed to the
incident heat flux. When exposed to a 6kW/m2 heat flux,
the thermocouples measurements varied only by 4%
during the 100 minute test demonstrating the onedimensional nature of the heat transfer.
Table 1: Experiment parameters

Parameter
Thermocouple
Diameter (mm)

Value

TC Distance from
Heated Surface (mm)

2,7,12,17,22,27,32,37,
42,47,67,87

Incident External Heat
Flux (kW/m2)
Exposure Time (min)
Radius of TCs (mm)

1.5

6,30,50,65,80,90,100
Heat flux dependent
30

Figure 4:

perimental orientation ith a locke heat lu

3 R sults
The results from the experiments highlighted several key
aspects about thermal penetration depths and heating of
timber. The first aspect can be seen in Figure 5. Given
enough time, the temperature within a timber block will
tend towards steady-state temperature profiles. This can
be easily seen using the temperature data from the 6
kW/m2 test. The energy supply eventually equals the
heat losses through both boundaries resulting in a
constant amount of energy stored in the wood.
Figure 6 highlights the steady state principle as well. The
thermal penetration curve shape does not change greatly
over the entirety of the test. The temperatures increase
until around 90 minutes and then stabilize. The constant
thermal gradients over the entire heating cycle
demonstrate a steady-state energy balance achieved at
the surface of the surface of the timber block. An almost
constant rate of energy is transferred into the timber
block. This is explained more in depth in [15].
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Figure 7 shows the same principle except that the test
was not conducted long enough to reach steady
state. The data as can be seen by the 2mm
thermocouple which has reached a steady-state
plateau. Figure 7 also shows the 100°C plateau
accounting for evaporation of moisture. The
decrease in temperature at 13 minutes is due to the
heat flux being reduced to zero. The latent heat for
moisture evaporation is also visible in

Figure 7 especially in the 12, 17, and 22 mm
thermocouples. The thermocouples plateau starting at 2,
4, and 8 minutes respectively. The time each
thermocouple plateaus at 100°C is longer the father away
from the heated surface.

sample e pose to a

The next aspect of thermal penetration depths is that the
magnitude and depth are related to the intensity of the
heat flux applied to the timber specimen and the duration
of heating. Figure 9 shows thermal profiles for 6-100
kW/m2 after a heating period of 15 minutes. The char
layer can be assumed to be at the 300°C isotherm. The
actual thermal penetration depth is the distance from that
isotherm to the temperature value at which the adhesive
strength is reduced to a point where adhesive failure
dominates. The actual temperature value is highly
dependent on the adhesive itself. This is highlighted with
a comparison of the data from [16] on the transition from
timber to adhesive failure for several different types of
adhesive. Even for a specific type of adhesive (onecomponent polyurethane), the transition temperature
ranged from 50°C to 200°C. The value for the
temperature at which the glue is affected should be
chosen carefully and can vary widely. For this study, the
low value of 50°C was chosen as this represented a worst
case scenario of the glue being most susceptible to
increases in temperature and the thermal penetration
depth being the largest.
The 50°C value is also consistent with previous research
[17-19]and is the basis for the thermal compensating
layer in EN 1995-1-2:2005 [20]. 50°C represented the
90% relative strength for the modulus of elasticity,
compressive strength and tensile strength of timber using
the strength to temperature curves at that time. The
strength values were then averaged for the entire heating
layer from the pyrolysis zone at 288°C to 50°C. Then an
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(𝑇−𝑇𝑜 )
(𝑇𝑐 −𝑇𝑜 )

= exp (

−𝛽𝛿
𝛼

)

(1)

combustion occur for 50-100 kW/m2. The results for
each of the tests along with the ignition times are
summarized in Table 2.
400

Temperature [°C]

amount of the cross-section proportional to the average
decrease in strength was removed as a compensating
layer. Removing the compensating layer with the amount
charred off allows the engineer to calculate the overall
strength of a timber member in a fire using only the
charring rate and the ambient properties of the timber
member. The heating layer was calculated using
Equation 1 which represents the thermal penetration
depth at steady-state burning after the first 20 minutes of
standard fire exposure[17, 18].

where 𝑇𝑐 = pyrolysis temperature of 288°C, 𝑇𝑜 = ambient
temperature, 𝛿 = depth into wood from pyrolysis layer, 𝛽
= steady-state charring rate, 𝛼 = thermal diffusivity, and
𝑇 = wood temperature at depth 𝛿.

1

Compression
(Strength)
Tension
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Reduction Factor
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For the temperature range 50-300°C, the current timber
strength effects according to Eurocode 1995-1-2:2005
[20]decrease rapidly. The 50°C values range from 8090%. While the strength properties decrease significantly
over the first 100°C, Frangi [16] and others [21-23] all
found adhesive failure during those temperatures
suggesting that the adhesive strength decreases faster
than timber. Figure 8 shows the reduction for strength
and modulus of elasticity for timber at elevated
temperatures.

100kW

350

0

100

200

300

Tempeature [°C]
Figure 8: trength re uction actors or tim er rom uroco e
- -

Figure 10 shows the thermal profiles for the test that was
run longer than 25 minutes. As with Figure 9, the
thermal penetration depths for charring are similar while
the thermal penetration depth for the non-charring case
does not resemble anything else.
One important visual observation was that for the low
heat flux of 6 kW/m2, the timber sample just increased in
temperature. No discolouration occurred in the timber
and no charring took place. Charring occurred without
flaming combustion in the 30 kW/m2 test and flaming

0

20

40

Depth (mm)

Figure 10: hermal pro iles a ter

60

80

minutes o heating

Table 2: Charring and ignition time for 6-100 kW/m2 tests.

Heat Flux
[kW/m2]

Charring

Ignition Time
[seconds]

6
30
50
65
80
90
100

No
Yes
Yes
Yes
Yes
Yes
Yes

N/A
N/A
150
60
7
5
5
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The charring rate was calculated using two different
methods. The first method was to measure the char depth
using the thermocouples by assuming a constant
isotherm temperature for pyrolysis. For this study, a
pyrolysis temperature of 300°C was chosen as that is a
value consistent with current literature. The second
method for calculating the charring rate was to use the
steady-state mass loss data. The charring rate (𝑤) was
calculated using Equation 2.
𝑤=

"
𝑚̇𝑓

(2)

𝜌𝐴

where 𝑚̇𝑓" = mass loss rate, 𝜌 = wood density, and 𝐴 =
cross-section area.
Table 3 shows the charring rates for each heat flux
tested. The general trend is that the charring rate
increases as the heat flux increases. However, a plateau
between 80-100 kW/m2 appears to suggest a maximum
charring rate for heat fluxes.
Table 3: Charring rates for 30-100 kW/m2 tests.

Heat Flux
[kW/m2]
30
50
65
80
90
100

Mass Loss
Charring Rate
[mm/min]
0.29
0.57
0.78
0.88
0.91
0.92

Thermocouple
Charring Rate
[mm/min]
0.51
0.67
0.76
0.88
0.85
1.02

4 Dis ussion
In the range of heat fluxes which charred the timber
either by flaming or smouldering combustion (Table 2),
the thermal penetration depths are consistent. Figure 9
and Figure 10 highlight this fact. In both figures, the
distance from the assumed pyrolysis isotherm (300°C)
and the lower limit for adhesive failure (50°C) are
essentially identical. The curves have exactly the same
shape over time. The thermal penetration depth is
approximately 30-40 mm which is consistent with the
previous literature. As mentioned in the introduction,
with the thicknesses of typical timber plies in CLT
members, one or more bond lines could be affected by
heat fluxes typically seen in a compartment or traveling
fire.
The char layer regulates the heat flux transferred through
the char to the pyrolysis layer and then into virgin wood.
While higher heat fluxes increase the charring rate
reaching a plateau around 80 kW/m2, the thermal
penetration depth appears to be constant for any heat
flux with forms a char layer in the timber.
Visual observations coupled with Figure 6 highlight a
potentially serious problem. For heat flux ranging from
30 to 100 kW/m2, charring occurred. However, below
the critical heat flux value for ignition, charring will not

occur in timber. This is the case for the 6 kW/m2 test.
The sample showed no discolouration or signs of heating
yet the sample increased in temperature deep enough
into the cross-section (Figure 6) to have a bondline at
standard depths reach the lower bound of adhesive
failure. Strength reductions in the bond due to a rise in
temperature could potentially occur even in an uncharred
scenario. In certain fire scenarios, exposure to low noncharring heat fluxes is extremely possible for long period
of times.

E am l s o Im a t on M hani al
B ha iour
Timber failure due to cross section reduction can easily
be seen in any research on solid timber performance in
fire. Because the structural members or only made of
timber, failure will occur in the timber as a results of the
loss of the cross section. However, in bonded timber
structural members such as bonded timber joints and
CLT, failure can occur in either adhesive failure or
timber failure depending on the loads applied and the
elevated temperature performance of the adhesive.
Adhesive failure in bonded joints was researched in three
series of tests designed to study the failure mode of
debonding of glued timber at elevated temperatures.
The first study focused on the two-way spanning
capability and the ability of CLT to redistribute loads
during charring. CLT slabs were fabricated, heated with
a low heat flux and then loaded until failure. The results
of the study showed significant delamination both
between adjacent timber plies and separation of boards
in the same ply. Details of the actual work and the
conclusions of the study can be found in [21].
The second study focused solely on the effects of
temperature on bond strength and the changing failures
modes in glued timber joints. Glued joints of 600mm
bond lines were subjected to a single lap shear test at
various elevated temperatures from ambient to just
below the pyrolysis temperature. The failure mode
changed from solely timber failure at ambient
temperatures to bond failure at higher temperatures
around 80°C. The temperatures used in the study
corresponded to various bond line temperature attained
during various heat flux exposures and durations. The
details of the study can be found in [22].
The results of the first two studies and the thermal
penetration depth study were used to design an
experimental study to further research the overall CLT
member changes due to elevated bond line temperatures.
In the third study, a European spruce CLT beam
(100x145x1500 mm) was exposed to approximately a 6
kW/m2 heat flux for 2 hours. The length of exposure
ensured the bond lines would reach temperatures of
around 65-80°C as demonstrated in the thermal
penetration depth study and Figure 6. The width of the
beam was reduced to 100mm to ensure failure occurred
over the entire width of the cross section and could be
measure with a camera. A digital image correlation
(DIC) system was positioned to capture the strains,
displacements, and deflections of about 300x145mm of
the centre span of the beam. After the beam was heated
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for the prerequisite time, the beam was removed from
the heat and immediately subjected to a three-point bend
test and loaded until failure. Preliminary tests showed
significant signs of rolling shear and debonding along
the bond line closest to the heat source. The beam under
ambient conditions failed through the timber. The initial
results showed a decrease in stiffness in the heated
specimen as well as a large increase in deflection. The
ambient beam failed completely after approximately
35mm of deflection (Figure 11). A complete summary
of the CLT beam test can be found in [23].

35
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burning fires such as traveling fires evidence the
potential for the conditions of elevated bond line
temperatures to occur. The studies also show the
increased potential for a change in failure mode from
timber failure to cohesion failure within adhesive at
elevated temperatures. The results of this study identify
the need for further research into the effects and causes
of delamination. Further research is ongoing at The
University of Queensland.

0

Figure 11: oa
an
k m

50
100
Displacement [mm]
isplacement o C

150

eam test at am ient

Con lusions
The heat fluxes chosen for the study were typical values
seen in compartment fires. The magnitude of the heat
flux depends on a host of other parameters including the
geometry of the compartment and nature of the fire. The
duration of the fire is proportional to the type and
amount of fuel plus the geometry of the compartment
and the openings.
The results from the thermal penetration study show a
constant value exists for the depth of thermal penetration
for heat fluxes above 30 kW/m2. This is due to the
insulating nature and heat flux regulating char layer. The
thermal penetration depth for lower heat fluxes is
dependent upon the time of heating and the intensity of
the heat flux.
Charring occurred on all the samples except for 6 kW/m2
heat fluxes. No discoloration or evidence of heating was
seen on the samples which could potentially create a
problem if a bond line is compromised without any
evidence of heating.
The cumulative results of the studies linked to the
thermal penetration depth study clearly demonstrate the
propensity of CLT and other glued timber joints to
exhibit a change in failure mode at elevated temperatures
whether in a slab, joint, or beam regardless of the
number of plies. Typical heat fluxes measured in
compartment fires and the duration of heating in longer
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THE CHARRING RATE OF GLULAM BEAMS OF BRAZILIAN WOOD
SPECIES
Gisele C. A. Martins¹, Jorge Munaiar Neto2, Carlito Calil Junior3.
ABSTRACT: The combustibility of timber is one of the factors that restrict the use of structural elements of wood in
buildings in Brazil. This paper describes an experimental investigation of the charring rate of wood species. The
charring rate is one of the key parameters for the design of load bearing timber structures. The purpose of this study is
investigate the charring rate of glued laminated timber made from two Brazilian wood species in a fire testing using a
horizontal furnace in accordance with ISO 834. The test results show that density of wood significantly affects the
charring rate. Additionally, higher values should be adopted for Brazilian wood species than the recommended at
Eurocode 5 and Australian Standard 1720.4
KEYWORDS: Glulam Beams, Charring Rate, Fire Testing, Horizontal Furnace, Standard Fire.

1 INTRODUCTION 123
Glulam laminated timber consists of parallel laminations
of wood, bonded together. It is produced by means of a
controlled industrial process. Due to the controlled
process of drying, and the care taken during all stages of
manufacture, distortion and fissures are also markedly
reduced [1].
In Brazil, the combustibility of wood is one of the main
reasons that many building regulations strongly restrict
the use of wood as building materials. All buildings must
be constructed to meet national building regulations,
which include requirements for fire resistance.
According to Pinto [2] in wood the thermal action causes
degradation by combustion of the chemical components,
release of flammable gas and char formation. Therefore,
there will be a decrease in the strength and stiffness
properties of the wood when heated.
The residual section of the timber elements decreases
slowly, and has the largest influence on the load-bearing
capacity in the fire situation [3]. The effective cross
section is assumed to have full strength as in normal
design.
During the development of fire a charred layer forms on
the external part of timber elements that protects the
underlying layers against the action of fire. The char
depth is defined as the position of the 300 °C isotherm
suggest in Eurocode 5 [4] and the char depths increases
continuously at slow rate [2] [5] [6] [7].
This rate is referred to as charring rate. The charring rate
is one of the key parameters for the design of load
bearing timber structures. Actually, the Brazilian
designers used values proposed by [4], i.e. 0.7 mm/min
for Softwood and 0.55 mm/min for Hardwood.
1
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Research by [6,8,9,10] indicate that the density (specific
gravity) is the main factor influencing the charring rate
of lumber and the charring rate decreases with an
increases of density.
The objective of this study was to investigate the fire
properties of glulam made from two Brazilian woods
species using a standard fire test ISO 834 [11]. The
charring rates of glulam were measured after the
standard fire exposure test. The results obtained from our
study were also compared with standards set by
Eurocode 5 [4] and Australian standard 1720.4 [12].
The experimental part of the present work constitutes
Martins [13] PhD thesis. These results can provide
information for estimating applicability of glulam in
structural design.

2 MATERIALS AND METHODS
Two woods species, used as building material in Brazil
were selected for this study: Lyptus® (742.69 kg/m³) and
Pinus Oocarpa (505.18 kg/m³).
2.1 WOOD SPECIES
2.1.1 EUCALIPTUS - LYPTUS® (HARDWOOD)
Research for the development of Lyptus® began in the
90s. Initially, it was the hybrid of two species Eucalyptus
grandis and urophylla; however, currently there are
about 50 different genetic Lyptus® wood, giving it more
versatility, durability and beauty. It is a noble wood,
fully extracted from renewable forests, which ensures a
reliable and environmentally sustainable supply. Lyptus
is a marketed as alternative to oak, cherry, mahogany
and other wood products that may be harvested from old
growth forests. The average density of Lyptus® is
around 700 kg/m³, (Figure 1.a).
2.1.2 PINUS OOCARPA (SOFTWOOD)
Pinus Oocarpa is a conifer tree. It’s extracted from
renewable forests, introduced in Brazil during the 70s,
originally from Mexico and Central America. Due to the
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rapid growth and low need for a nutrient-rich soil
favours the use of the species and its use in various
regions. The average density of Pinus species is around
500 kg/m³, (Figure 1.b).

(a)

(b)

Figure 1: Glulam beams: (a) Lyptus; (b) Pinus

2.2 ROOM TEST

2.3 FIRE TEST
2.3.1 TEST SET-UP
The fire tests were performed in the horizontal gas
furnace with internal dimensions of 3.0 x 4.0 m using
fire exposure according to ISO 834 at the Structural of
Laboratory in São Carlos School of Engineering
(EESC/USP).
During the test, the glulam beam was exposed to
standard heating on three exposed sides. Eight specimens
were manufactured for the test. The overall dimensions
of the test specimens were 420 mm height, 250 mm
width and 3500 mm length. Each glulam was made of 14
laminae (30 mm thick) and during manufacture,
polyurethane adhesive was applied.
The test procedure consisted of positioning parallel four
beams with two of each species (interleaved) so that the
distance between each beam is approximately 688 mm.

The beams were initially identified, weighed and
measured to determine the density of the wood species.
In order to determine the modulus of elasticity all beams
were loaded under 3-point in accordance with [14],
Figure 2.
The test set – up is mounted on a reaction floor slab
being composed of: steel gantry, hydraulic actuator, and
electrical oil pressure system, load distribution system,
load cells, displacement transducers and data acquisition
system.

Figure 3: Layout test set – up (in millimeters)

Figure 2: 3-point Bend Test.
Table 1 shows the values determined for the modulus of
elasticity of glulam elements.
Table 1: Modulus of elasticity in MPa

ID
L1
L2
L3
L4
Mean

Lyptus®
12803
14677
12115
13144
13184

ID
P1
P2
P3
P4
Mean

Pinus
7431
7718
7662
7702
7628

Figure 4: Experimental test set – up.

A special testing frame was developed to remove the
specimens from the furnace with a minimum of delay to
extinguish any residual burning, Figure 5 . The testing
frames were positioned on a runaway beam fixed to the
porticos which allow the removal of the glulam elements
at the end of the testing.
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After the test the specimens were hacked in three
regions, shown in Figure 8, for determination of the
remaining section.

Figure 5: Testing frame.

For cover closing the furnace, a box was mounted
around the beams. The box was constructed with one
layer of plywood board (external side), one layer of
plasterboard (middle) and one layer of ceramic fiber
blankets (internal side), the procedure is shown in Figure
6.

Figure 8: Preparation of the remaining section

2.3.2 MEASUREMENTS OF TEMPERATURE
The furnace temperature was measured by nine
thermocouple wires. In Figure 9 (a) is illustrated the
positions of the thermocouples around the furnace. The
average of the 9 thermocouple temperatures was used to
control the furnace temperature.
In the specimens the thermocouples were mounted
within the cross section of the beams in order to
determine the temperature rise during the fire exposure.
In each beam, seven thermocouples (type K) were
mounted; see Figure 9 (b). These measurements are used
to control the charring during the fire tests.

Figure 6: Procedure for insulation in the furnace

Two tests were carried out, consisting of four specimens
in each one of them. The first test lasted for 31 minutes
and the second were 40 minutes long. When a test is
terminated the burners were immediately turned off. The
specimens were removed and the fire was extinguished
with water. This procedure took less than five minutes.
For the investigations of charring behaviour this
procedure must be as short as possible.
Figure 9: Thermocouple locations: (a) furnace; (b) cross
section of the beams.

Figure 10: Thermocouples (upper side)
Figure 7: Extinguishment residual burning

WCTE 2016 e-book | 5273

The furnace and beam temperatures were recorded at 1
second intervals through computer data acquisition
system.

3 RESULTS AND DISCUSSION
The set-up and specimens assembly were suitable for the
purpose to investigate the charring rate of glulam beams.
The charring rate was measured by removing the
samples, abrading the charred layer, and by inspection of
the remaining cross section after the fire test. The char
depth was measured at three cross-sections and the
values of char depth and charring rate were mean values.
Table 2 lists the results for char depth in millimeters.
Table 2: Char Depth in mm

Exposure
Time
(min)

Wood
Species
Lyptus

Char Depth (mm)

L1

Glulam
Density
(kg/m³)
773.24

L2

ID

®

31
Pinus
Lyptus®
40
Pinus

Width

Height

22.63

27

784.58

19.58

23

P1

494.57

34.94

35.5

P2

498.96

34.06

37.58

L3

683.21

24.58

34.17

L4

749.21

23.88

27.33

P3

492.96

36.58

34

P4

509.60

37.08

44.8

As expected the results reveal that the average charring
depths of specimens with greater densities and shorter
fire exposure were smaller than those with smaller
densities and longer fire exposure.
Table 3 shows the results for the remaining sections and
moment of inertia. Moment of inertia for the initial cross
section was equal 92610 mm4.
Table 3: Remaining Section and moment of inertia

Remaining Section Moment
Exposure
Wood
(mm)
ID
Time
of Inertia
Species
(min)
(mm4)
Width
Height
52980
L1
104.8
393.0
Lyptus®
57795
L2
110.8
397.0
31
37953
P1
80.1
384.5
Pinus
38161
P2
81.9
382.4
Lyptus®
40
Pinus

L3

100.8

385.8

48264

L4

102.3

392.7

51589

P3

76.8

386

36824

P4

100.8

375.20

33379

Figure 11 shows the relationship between the density

(kg/m³) and moment of inertia (mm4) by linear
regression modes (R² = 0,9551).

The charring depth and charring rate were calculated as
follows:
(𝑊1 − 𝑊2 )
2
𝐷𝐻 = (𝐻1 − 𝐻2 )

(1)

𝐷𝑊
𝑡
𝐷𝐻
𝛽𝐻 =
𝑡

(3)

𝐷𝑊 =

𝛽𝑊 =

(2)

(4)

where,
DW is the average charring depth of glulam lateral sides
(mm);
W1 and W2 are the glulam widths before and after fire
exposure test (mm);
DH is the average charring depth of glulam bottom side
(mm);
H1 and H2 are the glulam heights before and after fire
exposure test (mm);
βW the average charring rate of glulam lateral sides
(mm/min)
βH the average charring rate of glulam bottom side
(mm/min)
t is the heating time (min).

Figure 11: Relationship between the density and moment of
inertia.

Figure 12: Remaining section of glulam after ISO 934 fire
tests.

WCTE 2016 e-book | 5274

Figure 12 shows a photograph of the remaining section
of glulam after 31 minutes of fire exposure.
The charring rate was calculated by the ratio between
char depth (in millimeters) and fire exposure time (in
minutes), as shown in Equations 3-4. The values are
presented in Table 4.
Table 4: Charring Rate in mm/min

Fire
Exposure
Time (min)

Wood
Species
Lyptus

®

31
Pinus

Lyptus®
40
Pinus

ID

Charring Rate
(mm/min)
Width
Height

L1

0.72

0.86

L2

0.62

0.73

Mean

0.67

0.80

P1

1.11

1.13

P2

1.08

1.09

Mean

1.01

1.11

L3

0.60

0.80

L4

0.59

0.67

Mean

0.60

0.74

P3

0.89

0.83

P4

0.91

1.12

Mean

0.90

0.98

For each glulam specimen and set off fire exposure
conditions, the average charring depth and charring rate
of the bottom side were higher than those of the lateral
sides. This is because the bottom was exposed to fire
first and then the two lateral sides during ISO 834 fire
exposure test.

The trends concerning the charring rate in the 31 – 40
minutes observed in our study are similar to those in
various woods specimens reported by [8]. The rate of
degradation immediately after the specimen ignites is
higher than at after times when a constant rate exists, so
the charring rate achieves a constant after formation of
the char layer [8, 9].
The remaining area of glulam beam (P4), is illustrated in
Figure 13 (b), it is intended to represent the charred area
(area shaded red), i.e., in temperatures above 300 °C.
Figure 14 shows the temperature development inside the
section over time. The development of average
temperature in the furnace and the Standard temperaturetime curve ISO 834 are also shown in the image.

(a)

(b)

Figure 13: Remaining areas of glulam beam

Figure 14: Rising temperatures in the glulam specimens (Beam ID - P4)

WCTE 2016 e-book | 5275

The temperature reading points C1, E1 and E2, are located
in charred area (area shaded red). The recorded
temperature in C1 and E2 indicates temperatures above
300 °C. Nevertheless, in the point E1 the recorded
temperatures were less than 200 °C. Can be justified by a
possible failure in the thermocouples position.

During at fire exposure, the temperature within the
middle section of all glulam specimens increased with an
increase of fire exposure time.
It was also found that the temperature in the centre of
the middle section increases slower than in the right side
or left side of the middle section.

Figure 15: Temperature distribution within glulam specimens during a 31 minutes fire exposure test.

Figure 15 shows the temperature distribution within
glulam specimens during a standard fire test in three
points (E, E2, C3) see Figure 13. During a fire exposure
of 31 minutes, the temperature within the section of all
glulam specimens increased with an increase of fire
exposure time.
It was also found that the temperature in the Lyptus
glulam section increased slower than that in the Pinus
glulam section.
For fire safety in building design, the Eurocode 5 [2]
suggests a charring rate of 0.55 mm/min for hardwood
glulam when density is greater than 450 kg/m³ and 0.70
mm/min for softwood glulam when density is greater
than 290 kg/m³. The charring rate in Australian Standard
[6] expressed as follows:

𝛽 = 0.4 + (

280 2
)
𝜌

(5)

where
β is the charring rate of lumber (mm/min)
ρ the density based on the mass to volume ratio of the
lumber (kg/m³).
In Figure 16 shows the comparison of charring rates of
testes glulam with Eurocode 5 and Australian Standard
1720.4 for glulam. Compared with the Eurocode 5 and
Australian Standard 1720.4 of all glulam specimens had
a higher charring rate in our study.
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Figure 16: Comparison of charring rates of testes glulam with standard for glulam

4 CONCLUSIONS
This study investigated the charring rates during the fire
tests of glulam beams manufactured with wood species
used as buildings material in Brazil. In such a way, it is
possible to apply the method for designing timber
members exposed to fire, taking into account appropriate
values for species used by national companies in
manufacturing structural elements.
Based on the experimental work conducted in this study,
the following conclusions can be drawn:
1. The charring rates of tested glulam specimens
could not meet the Eurocode 5 and Australian
Standard 1720.4. All glulam specimens had a
higher charring rate in our study
2. The charring rate decreases with an increase of
density.
3. The temperature in the Lyptus glulam
(hardwood) section increased slower than that
in the Pinus glulam (softwood) section.
4. The average charring depth and charring rate of
the bottom side were higher than those of lateral
sides.
Thus, it is important to develop future studies with other
Brazilian wood species. The wood species is an
important factor for charring rate values of beams, as
charring rates decrease with an increase of density.
The test results show that the density of wood
significantly affects the charring rate. Higher
recommended values than proposed in [4] and [12] can
be adopted for Brazilian wood species. More research is
needed to confirm this finding.
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RELIABILITY OF CURVED TIMBER BEAM EXPOSED TO NATURAL
FIRE
Robert Pečenko1, Goran Turk2, Sabina Huč3, Tomaž Hozjan4
ABSTRACT: The appearance of natural fires in buildings and related damages to structure have always presented
uncertain phenomena. Therefore, the failure of the structure exposed to natural fire cannot be predicted with certainty.
In this paper the use of reliability analysis to assess the failure probability of curved glulam beam is presented. Thermal
and mechanical analyses are performed with finite element method. Failure probability is determined by the Monte
Carlo technique, where variance reductions method, i.e. Latin hypercube sampling, is used. At the end the results of the
reliability analysis with the natural fire considered are compared with the results with ISO fire curve considered in
analysis.
KEYWORDS: Reliability analysis, Failure probability, Fire resistance, Curved timber beam.

1 INTRODUCTION 123
Timber elements present principal bearing structural
members in many buildings. Among them curved gluelaminated timber elements are very popular allowing for
large span and wide application. Usually glulam beams
are massive and are recognized for their good fire
resistance compared to other structural materials.
However, the relatively high fire resistance of heavy
timber structures does not automatically imply their
sufficient fire resistance. In general, the fire resistance of
timber structures is assessed using the same methods as
for other materials.
Usually, it is necessary to prove that a system resistance
R exceeds load demand S, expressed with inequality as:
S < R. However, fire, thermal and mechanical properties
of material and mechanical load are random variables by
their nature. This leads to considerable amount of
uncertainties both in system resistance and load. The
traditional engineering practice to determine fire safety
follows the prescriptive code requirements [1]. This
approach does not directly consider the random nature of
most parameters. Instead, characteristic values and
partial safety factors are taken into account in order to
1
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control the level of fire safety (Fig. 1). The partial safety
factors are calibrated so that the target probability of
failure for structure exposed to fire does not exceed pf =
7.23∙10-5, which corresponds to the reliability index β =
3.8.

Figure 1: Deterministic effect of load demand S and resistance
R

Even though the prescriptive methods are in general
conservative and easy to carry out, it is impossible to
quantify the degree of conservatism and to evaluate the
reliability of the system. For this reason, the prescriptive
codes are lately being replaced by the performance based
methods. The Eurocode [1] proposes level 2 and level 3
methods. In level 2 methods, each uncertain variable is
described by two parameters, its mean value and
variance, and supplemented by the correlation between
the variables. To determine the structural reliability in
fire, an analytical expression for the limit state function
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has to be known when using level 2 methods. Therefore,
the main drawback of these methods is that only simple
problems can be treated. Known analytical level 2
methods are first and second order reliability methods
(FORM/SORM). In the exact probabilistic methods
(level 3), parameters associated with system resistance
and load can be described as random variables with
corresponding statistical distribution in order to
determine the probability of failure. The most commonly
used level 3 method is Monte Carlo simulation.
Presented study demonstrates the performance based
approach to determine the reliability of curved timber
beam exposed to natural fire. The reliability analysis is
performed with Monte Carlo simulation method, where,
in order to reduce the number of simulations, Latin
hypercube sampling is applied. The uncertainties are
implemented in the advanced calculation method as
randomly generated parameters for all three phases: fire
behaviour, thermal and mechanical analysis.

pf =

Nf
N TOT

.

(1)

Here, Nf is the number of simulations where failure
occurred and NTOT is the total number of simulations.
The MCS can be applied to many practical problems and
allows any type of probability distribution for a random
variable. It is easy to implement and enables computing
the probability of failure with the desired precision. The
determination of structural response in fire for each
Monte Carlo simulation is usually, due to its complexity,
divided in three general steps. Firstly, fire behaviour is
determined, followed by the heat transfer analysis as a
tool to determine temperature distribution in the
structure, and last, the mechanical analysis of structure to
determine its response in fire. The uncertainties are
implemented in each of the three general steps (Fig. 3).

2 RELIABILITY ANALYSIS
The reliability analysis is carried out for the curved
glulam beam exposed to uniform load and natural fire.
Geometry and cross-section data of analysed curved
glulam beam are presented in Fig. 2.

Figure 3: Scheme of uncertainties in structural fire analysis
[2]

The main drawback of the MCS is high time
consumption in cases of very low failure probability,
where high number of simulations is needed to
accurately predict the probability of failure. In these
cases, variance reduction methods offer a way to
decrease the required number of simulations. For the
purposes of this paper, Latin hypercube sampling is
employed, which is briefly presented in the following.
2.1.1 Latin hypercube sampling
Figure 2: Load, geometry and cross-section of the curved
timber beam considered in the reliability analysis

2.1 MONTE CARLO SIMULATION METHOD
The Monte Carlo Simulation method (MCS) is an
important tool to perform reliability analysis, especially
for complex problems. The concept of the method is to
implement a large number of simulations, where random
input variables are generated in each step. In each
simulation the structural response in fire is determined
and also failure occurrence is examined. By doing so, the
probability of failure is determined as:

Latin Hypercube Sampling (LHS) is a stratified
sampling technique first developed by Iman and
Conover [3]. The LHS provides effective procedure of
sampling variables from their distributions. In the LHS,
the distribution for each random variable is subdivided
into Nsim equal disjunct probability intervals. In each
interval, only one value is chosen as:

⎛ k  Um ⎞
xi ,k = Fi 1 ⎜
⎟,
⎝ N sim ⎠

k = 1, 2,..., N sim ,

(2)

where Um is the random number of uniform distribution
between 0 and 1, xi,k is kth value of random variable Xi
and Fi-1 is the inverse cumulative distribution function
for Xi. Fig. 4 presents the basic concept for the general
LHS method.
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Figure 4: Basic concept of LHS for two random variables and
number of intervals Nsim = 5 [4]

are implemented through the design fire load density qf
and opening factor O as presented in Table 1. Further on,
the properties of the boundary enclosure are: density ρ =
2500 kg/m3, specific heat c = 1100 J/kgK and thermal
conductivity λ = 1 W/mK. Medium fire growth rate is
accounted for in the analysis. Therefore, tlim = 20 min.
The family of randomly generated parametric fire curves
is presented in Fig. 5. Two different temperature
developments can be distinguished. In the first case,
when fire is ventilation controlled, temperature increase
is faster than in the second case, where fire is fuel
controlled. Beside parametric fire curves standard ISO
834 fire curve is depicted in Fig. 5. As observed the
temperature increase is much faster when fire is
ventilation controlled compared to the ISO fire curve.

Due to the biased sample, undesired correlation between
random variables may occur. For this reason, stochastic
optimisation algorithm is introduced, based on the the
approach proposed by Vořechovský and Novák [5]. The
optimization algorithm seeks for the minimum of the
difference between the generated correlation matrix S
and the desired correlation matrix P. The difference is
calculated with norm E.

E=

2
N var ( N var  1)

N var 1 N var

   Sij  Pij 

2

,

(3)

i =1 i =1

where Nvar is the total number of random variables, Sij
represents the correlation coefficient of the generated
sample and Pij is the target correlation coefficient
between random variables Xi and Xj. Norm E is
minimized with random permutations of random variable
sample. The permutation is achieved by shifting the
values of randomly selected variables for two randomly
chosen simulations. After each permutation, norm
difference is examined. Random permutation resulting in
reduced norm is directly accepted. On the other hand,
permutation leading to increased norm is accepted only
if the value of random variable Z is greater than zero:

Z =e

E
B

 Um ,

(4)

where ΔE represents the difference between norm E
before and after permutation and B is the model
parameter determined in [5]. The final outcome of the
procedure is a sample of random variables with the
sample correlation matrix S, which, within the required
accuracy, corresponds to the target correlation matrix P.
2.2 FIRE BEHAVIOUR
In the analysis, fire behaviour is modelled with the
parametric fire curve [6], which represents a simplified
model of natural fire, where gas temperatures in fire
compartment are determined on the basis of different
physical parameters. For the study room size of b/h =
8/10 m is considered. To describe the possible fire
scenarios, the uncertainties of the parametric fire curve

Figure 5: Random parametric fire curves (n = 500) considered
in the reliability analysis

2.3 THERMAL ANALYSIS
Time and spatial distribution of temperature and char
depth over the cross-section of the beam is determined
with the well known Fourier partial differential equation
of heat transfer in solids together with the boundary
conditions at the timber surface exposed to
environmental conditions:

∇  k ∇T   r c
qcr = k

∂T
=0,
∂t

∂T
.
∂n

(5)
(6)

Above, k is thermal conductivity and ρ density of timber,
in the reliability analysis are both considered as random
variables, c is specific heat of wood. Heat flux at the
boundary surface qcr is composed of radiative and
convective part as:

qcr = α c (T∞  Tm ) + ε m (T∞4  Tm4 ) ,

(7)

where the coefficient of heat transfer by convection αc
and surface emissivity of the beam εm are taken as
random variables, σ represents Stefan-Boltzmann
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constant, T∞ is fire temperature and Tm is timber surface
temperature.
The solution of the thermal analysis is obtained
numerically with the enhanced finite element method.
2.4 MECHANICAL ANALYSIS
Mechanical response of the curved glulam beam
simultaneously exposed to mechanical and thermal load
is obtained with self developed numerical model [7]. The
finite element formulation is based on Reissner’s
kinematically exact model of the beam where large
membrane and flexural deformations are allowed [8] and
the effect of the shear strain on the deformation of the
beam is taken into account as well. Furthermore,
Timoshenko hypothesis is considered, meaning that the
cross section remains straight but no longer
perpendicular to the reference axis of the beam in the
deformed state. According to the Reissner model, the
deformation of the beam is determined by solving the
system of kinematic, equilibrium and constitutive
equations with the corresponding boundary conditions.
The kinematic equations are:
X ′ + u ′  1 + ε  cos ϕ   sin ϕ = 0 ,

(8)

Z ′ + w′ + 1 + ε  sin ϕ   cos ϕ = 0 ,

(9)

ϕ ′  κ0  κ = 0 .

(10)

Here, u and w represent the displacements of the centroid
axis in X and Z direction, respectively, ()' denotes the
derivative with respect to natural parameter s, ε is the
extensional strain of the reference axis, φ is the rotation
of the cross-section, γ is the shear strain, κ is the pseudocurvature of the reference axis and κ0 is the initial
curvature of the reference axis. The equilibrium
equations are:
R X′ + p X = 0 ,

(11)

RZ′ + pZ = 0 ,

(12)

M Y′  1 + ε  Q +  N + mY = 0 ,

(13)

MC  M = 0 ,

(16)

where NC and QC are constitutive axial and shear force
and MC is constitutive bending moment and are
expressed by the normal and shear stress, σ and τ,
respectively:
NC =

  dA ,

(17)

  dA ,

(18)



(19)

A( s )

QC =

A( s )

MC =

z dA ,

A( s )

where A denotes the cross-section of the beam. NC, QC
and MC follow the chosen material model defined by the
relationships between the longitudinal normal stress σ
and mechanical extensional strain Dσ and between shear
stress τ and shear strain γ. By assuming constant shear
strain over cross-section and linear shear material model,
the calculation of the constitutive shear force yields [9]:
QC = G (T ) As  ,

(20)

where G(T) is the shear modulus and As is shear section.
Note that the influence of moisture on the shear modulus
is neglected.
Stress-strain relationship σ-Dσ for timber at elevated
temperatures is based on the proposal given by Eurocode
[10] and Pischl [11] and is here further modified to also
account for the plastic hardening in tension, seen as the
dotted line in Fig.6.

where RX and RZ are the components of the axial and
shear force in X and Z direction, respectively, MY is
equilibrium moment, pX, pZ and mY are components of
external, deformation-independent force and moment
tractions.
The last set of equations is needed to connect
equilibrium internal forces (N, Q, M) with the
deformation quantities (ε, γ, κ). The constitutive
equations are:
NC  N = 0 ,

(14)

QC  Q = 0 ,

(15)

Figure 6: Stress-strain relationship for timber at ambient and
elevated temperatures
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In Fig. 6, Di,j, Ei,j and fi,j (i = c, t; j = T, T0) are the limit
elastic strains, the Young’s modulus and the strengths of
timber in compression (c) and tension (t) at room (T0)
and elevated temperatures (T), respectively. Similarly,
Ei,p,j and fi,p,j (i = c, t; j = T, T0) denote the plastic
hardening modulus and limit plastic stress, respectively.
The temperature dependent reduction factors for material
strength and modulus of elasticity are considered
according to Eurocode [10].

Table 1: Statistical distributions, mean values and coefficients
of variations for different uncertain parameters

Param.

At elevated temperatures different impacts on the
material occur, such as the temperature strain and
thermal creep strain. In order to implement these impacts
in the mechanical model, additive decomposition of
geometrical strain increment is introduced [12]. The
increment of geometrical strain in a random point of the
beam ΔD can be defined as the sum of different
increments as:

D = D + Dth + Dcr,th ,

2.4.1 Numerical solution
In the presented mechanical model, geometrical and
material non-linearity is accounted for. Consequently,
the analytical solution cannot be obtained. Therefore, the
system of equations is solved numerically with the finite
element method (FEM). The basic system of equations
for finite element formulation is derived from the
modified principle of virtual work where quantities ε, γ
and κ are interpolated over finite element by Lagrangian
polynomials. The failure of the structure (beam) is
determined when the tangent stiffness matrix of the
structure becomes singular. This can occur due to the
global instability of the structure or due to material
failure. The latter occurs when the determinant of the
tangent constitutive matrix of the beam cross-section
becomes zero, which indicates that the ultimate bearing
capacity of the cross-section has been reached [13]. The
corresponding time is recognized as failure time. A more
detailed description of finite element formulation is
presented in [7].
2.5 DISTRIBUTION AND CORRELATIONS OF
VARIABLES
Data for the uncertain parameters for the analysis are
given in Table 1. The distribution and variance of input
variables were collected from three main sources. The
data for strength, modulus of elasticity, density and dead
load are found in the probabilistic model code [14-17].
The data describing the fire behaviour, i.e., fire load and
opening factor, are acquired from [18]. For the
remaining inputs, to the best of author's knowledge, no
data can be found in the literature to describe their
statistical distributions. Therefore, data for the remaining
parameters are only assumed.

Mean

COV
2

qf

Gumbel

546 MJ/m

0.62

O

Normal

0.15

0.05

αc

Normal

25 W/m2K

0.15

εm

Normal

0.7

0.15

m0

Normal

0.12

0.4
3

ρ0

Normal

400 kg/m

k0

Normal

0.12 W/mK

E

(21)

Above, ΔDth represent thermal induced strain and ΔDcr,th
is thermal creep strain. Note, that the effects of thermal
creep are already implicitly included, if the material
model given in [10] is considered.

Distribution

0.1
2

Log- Norm.

1200 kN/cm
2

0.1
0.13

f

Log- Norm.

3 kN/cm

0.15

q

Normal

10 kN/m

0.05

Note: qf – fire load density, O – opening factor, αc –
coefficient of heat transfer by convection, εm – surface
emissivity, m0 – initial moisture content, ρ0 – initial dry
density of timber, k0 – initial thermal conductivity, E –
modulus of elasticity, f – strength, q – dead load.
When a variable is described with normal or gumbel
distribution, it may in some cases take an unrealistic
value, for instance, a negative value for initial density ρ0
or fire load density qf. For this reason, limitations are
introduced, in the Table 1 seen as minimum and
maximum possible values of a variable.
The correlation between uncertain parameters is
presented in Table 2. The correlation coefficients for ρ0E, ρ0-f and E-f are given in [17]. Strong correlation
between density and thermal conductivity was reported
by Kiran et al. [19]. For coefficients k0-E, k0-f and αc-εm
no data can be found in the literature. Therefore, the
values of these coefficients are only assumed.
Table 2: Correlation coefficient matrix

qf
O
αc
εm
m0
ρ0
k0
E
f

O

αc

εm

m0

ρ0

k0

E

f

q

0

0

0

0

0

0

0

0

0

0

0

0

0

0

0

0

0

0.2

0

0

0

0

0

0

0

0

0

0

0

0

0

0

0

0

0

0.92

0.6

0.6

0

0.6

0.6

0

0.8

0
0
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2.6 TEMPERATURE DEPENDENCY OF THE
VARIABLES
Thermal and mechanical properties of timber change at
elevated temperatures [10]. Therefore, the initial random
value (x0,rand) of the random variable X (Table 1) needs
to be reduced by the temperature dependent reduction
factor for the same random variable (kX,T):

xT = x0,rand k X ,T .

(10)

Temperature dependent variables are thermal
conductivity, density, strength and modulus of elasticity
of timber, k, ρ, f, E, respectively. The reduction factors
are given in [10]. Temperature dependency of random
variable is presented on the case of thermal conductivity
of timber Fig. 7. It can be seen that curves are offset by
the initial value of conductivity, which is taken as
random variable. In general, the number of curves is
equal to the number of Monte Carlo simulations. To
make the figure more transparent, only seven different
curves are presented.

1 at t = 58 min). However, failure prior time t = 38.3 min
does not occur. This means that in 21.3 % of cases when
failure occurred with the parametric fire curve, the
failure time was smaller than with the ISO fire curve.
This may imply, that it is not always safe to use ISO fire
curve.
Another important feature connected with the reliability
analysis of structure is reliability index β. It is
determined as the normal inverse cumulative distribution
function of the probability of failure:

 = norminv 1  pf  ,

The development of β as a function of time is presented
in Fig. 9. The time that meets the Eurocode [1] safety
requirement (β < 3.8) is 20 min for the parametric curve
and 40 min for the ISO curve. This indicates that the
safety requirement is exceeded much earlier in the case
with the parametric fire curve that with the ISO fire
curve.

Figure 8: Probability of beam failure as a function of fire
duration.
Figure 7: Family of curves describing timber conductivity as a
function of temperature

2.7 OUTCOMES OF THE RELIABILITY
ANALYSIS
The total number of simulations in present study is NTOT
= 12144. The probability of failure is presented in Fig. 8.
In addition the probability of failure where ISO fire
curved was used in the reliability analysis is added. This
study, where the same beam was analysed, was
conducted in [20]. As observed, the probability of failure
starts increasing after 20 min of fire exposure and
reaches the plateau (pf = 0.213) around 30 min of fire
exposure, meaning that failure occurred in 21.3 % of
cases. This corresponds to more severe ambient
temperature development in cases of ventilation
controlled fires. In other cases (78.7 %), when fire was
fuel controlled, the beam withstood the entire fire
exposure. The results with the ISO fire curve
demonstrate, that failure occurred in all simulations (pf =

(22)

Figure 9: Reliability index β as a function of fire duration.
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3 CONCLUSIONS
In this paper reliability analysis of curved glulam beam
exposed to natural fire was presented. Thermal and
mechanical analyses were performed with finite element
method, while natural fire was modelled with the
parametric fire curve as proposed in [6]. For the
reliability analysis Monte Carlo simulation method was
used, where the two main outcomes of the analysis were
probability of failure pf and reliability index β. The
results were compared against the results were ISO fire
curve was used in the analysis. As discovered, the failure
occurred sooner with the parametric fire curve than with
ISO curve. This raises the question about the
conservatism of the standard ISO fire curve. In the
traditional engineering practice ISO fire curve is treated
as safe to use, meaning that the results are always on the
safe side while using it. However, this study
demonstrated the opposite. In some cases, natural fire
can be more severe that ISO fire, consequently the
failure of structure may occur much sooner. Therefore,
for the performance based design it is better to consider
the possible spectrum of real fire curves.
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FIRE BEHAVIOUR OF DOWEL-TYPE TIMBER CONNECTION WITH
SLOTTED IN STEEL PLATES UNDER BENDING AND SHEAR
Shengdong Zhang1, Wan Wang2, Xinhai Fan3

ABSTRACT: Investigations showed that large timber members exposed to fire have excellent fire-resistance. But very
little research has been done on the performance of connections in timber structures exposed to fire. The dowel-type
connections with slotted-in steel plates have widely been used in timber structures, sometime as moment resisting
connections. In order to assess their fire performances, 2 Glulam beam-type specimens connected with three slotted-in
steel plates and dowels subjected to bending and shear were tested under ISO-834 fire, and 1 standard specimen under
ambient temperature was also tested for comparison. The failure modes of the connections, the temperature field, the
charring rate of wood, etc. were investigated. The test results indicate that the fire rating of the Glulam beam type
specimens was about 45 min under 20% ultimate load at ambient temperature. The charring rate of the wood in
connecting area was higher than that of the wood far from the connections.
KEYWORDS: Dowel-type timber connection with slotted-in steel plates, failure mode, charring rate

1 INTRODUCTION 123
Timber was once widely used in China and Chinese
traditional timber structure was the emblem of Chinese
buildings about one hundred years ago. But research and
application of timber structures were suspended in China
for more than twenty years due to lack of wood resource
till the end of last century. With the introduction of
modern timber structure technology and wood products
from North America, Europe, Japan etc., and also to
satisfy the requirements of sustainable development and
low-carbon economy, “renaissance” of timber structures
in China started from the beginning of this century.
Timber is a combustible material. So the structural fire
safety may be one of the most concerned issues in
application of timber structures. Actually，it has been
verified that large (mass) timber members exposed to
fire have excellent fire-resistance by many investigations
on behaviour of timber exposed to fire [1]. When
sufficient heat is applied to wood, a process of thermal
degradation takes place producing combustible gases,
1
Shengdong Zhang, Department of Structural Engineering,
Tongji University, 1239 Siping Road, Shanghai, 200092, P.R.
China, Email: zhangsh_d@tongji.edu.cn
2
Wan Wang, Department of Structural Engineering, Tongji
University, 1239 Siping Road, Shanghai, 200092, P.R. China,
Email: wangwan@tongji.edu.cn
3
Xinhai Fan, Department of Structural Engineering, Tongji
University, 1239 Siping Road, Shanghai, 200092, P.R. China,
Email:fanxinhai521@163.com

accompanied by a loss in mass. A char-layer is then
formed on the fire-exposed surfaces and the char-layer
grows in thickness as the fire progresses, reducing the
cross-sectional dimensions of the timber member. The
char-layer as a good insulation protects the remaining
unburned residual cross-section against heat.
But little research has been done on the performance of
connections in timber structures exposed to fire.
However, timber connections are the weakest but
dominant parts of timber structures wherever they are
exposed to ambient temperature or fire. The timber
connections in many projects are assumed as hinge joints
to be on the safe side and bracings (or truss system) are
introduced to resist lateral loads. But sometimes people
do not like the diagonal elements in the buildings for
they may influence the appearance and use of the
buildings. So, the connections may be used as moment
resisting connections in some cases. The dowel-type
connections with slotted-in steel plates have widely been
used in modern timber structures for their efficiency and
elegance. Researchers from University of Canterbury
and Swiss Federal Institute of Technology Zürich (ETH
Zürich) [2]-[4], etc. have investigated the fire
performance of this kind of connections under tension.
But there is very little information on the fire
performance of timber connections subjected to
combined bending and shear.
To investigate the fire performance of the moment
resisting connections 2 Glued laminated timber (Glulam)
beam-type dowel-type timber connection specimens with
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slotted-in three steel plates were tested under ISO-834
fire exposure and subjected to combined bending and
shear. And for comparison a standard specimen
subjected to combined bending and shear under ambient
temperature was also tested.

2 EXPERIMENTS
The objective of the research is to study the fire
performance of moment resisting timber connections
exposed to fire. Beam-column connection might be the
best choice for moment resisting connection specimen.
But the test of beam-column connection with bending
moment exposed to fire is hard to handle in the furnaces
we can find in Shanghai. So we decided to use beamtype specimen shown in Figure 1. The connection in the
specimen will be under combined bending and shear
when the load is imposed. According to the monotonic
and cyclic load carrying tests of beam-column
connection specimens we have done before, it is found
that the failure of beam-column connections mostly
happened on the beam parts. So the beam-type
connection specimen seems an acceptable choice.
The physical and mechanical properties of materials for
the specimens are as follows. Douglas fir Glulam with a
cross section of 350 mm×210 mm were used to fabricate
the connection specimens with 11 layers of same grade
laminations along the depth of the section. The thickness
of each lamination is about 33 mm. The mean density of
the Glulam is 534 kg/m3 and the mean moisture content
of the Glulam is about 13%. The mean values of
compressive strength parallel to grain and compressive
strength perpendicular to grain of the Glulam are 38.5
MPa (The parallel to grain compressive Glulam
specimen is 100 mm × 100 mm × 200 mm~400 mm) and
5.2 MPa (The perpendicular to grain compressive
Glulam specimen is 100 mm × 100 mm × 200 mm),
respectively. And the standard deviations of the parallel
to grain and perpendicular to grain compressive
strengths are 1.0 MPa and 0.43 MPa, respectively. The
average yield strength and tensile strength of dowels are
357 MPa and 478 MPa, respectively. The grade of steel
for the steel plates is Q235.
2.1 STANDARD SPECIMEN (under ambient
temperature)
One standard beam-type specimen of dowel-type timber
connection with three slotted steel plates was produced
for evaluating its load carrying capacity under ambient
temperature so that the imposed constant load on the fire
test specimens could be determined according to the
load-carrying capacity of the standard specimen under
ambient temperature and comparisons of performances
of specimens exposed to fire and that of standard
specimen under ambient temperature could be made.
Considering the dimension of the furnace chamber the
length of the standard specimen was designed as 6000
mm, which was connected with dowels and three
symmetric slotted-in steel plates. The thickness of the
steel plates is 8 mm, the width of slots is 10 mm and the

diameter of the steel dowels is 10.6mm. 4×2 dowels
were used in each side of the connection. The spacings,
edge and end distances of dowels of the specimen were
shown in Figure 2 which satisfied the requirements of
EN 1995-1-1[5]. The span of the simply supported
specimen is 5200 mm. The load was applied on the
spread beam over the specimen to conduct a four points
bending test. The displacements of the supports, midspan, connected section and the symmetrical section of
the connected section were measured using LVDT. The
schematic test setup and details of the connection were
shown in Figure 1 and Figure 2, respectively. The load
protocol was that several static increments load (every
increment was 5 kN) was applied to the specimen up to
50% of estimated peak load, after every increment load
applied the load was held for about 2min for observation.
After 50% of estimated peak load the load was applied
continuously to the peak load. The ratio of bending
moment to shear at the connected section is 1.5 m.
p

Figure 1: Schematic test setup

Figure 2: Details of connection

Deformation of the standard specimen

Deformation of the connection
Figure 3: Deformation of the standard specimen and the
connection
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with space covered by thick reinforced concrete slabs.
And gaps of them were sealed with asbestos. The
experiment set up for the fire test was shown in Figure 5.
P

Figure 4: Dowels and steel plate of the standard specimen
after test

A crack parallel to grain in Glulam initiated in one
connecting end near top dowels line at about 35 kN and
extended to the dowels as load increased. The peak load
P is about 70 kN. The ultimate bending moment and the
shear force of the connected section are 52.5 kNm, and
35 kN, respectively. The specimen failed due to the
failure of the connection (Yielding of the lower rows of
dowels, embedment failure of Glulam at dowel holes and
parallel to grain cracking of Glulam). Other parts of the
specimen far from the connection zone seemed almost
intact after test. After test, the used steel plates were
visually examined for any hole bearing deformations.
And very little deformation was noticed. The dowel
holes in Glulam were also visually examined. And
significant enlargement of dowel holes in Glulam of the
bottom row was found. The top two rows of dowels were
still almost straight after test. And the lower two rows of
dowels significantly deformed. The bottom row of
dowels had formed plastic hinges. The deformed
specimen and deformation of the connection was shown
in Figure 3 and the steel plate and deformations of
dowels after test were shown in Figure 4. The failure
mode of the connection was very similar to that of beam
end on monotonic beam-column connection test under
ambient temperature we had done before.

a. Schematic Fire test setup

b. Photo of fire test set up
Figure 5: Fire test set up

dt=2cm

a. Positions of thermocouples in connections, one side

2.2 FIRE TEST PROGRAM
Two specimens （BF-1 and BF-2 ） for ISO-834 fire
exposure test were also produced. The configuration of
specimen BF-1 was the same as that of the standard
specimen. The configuration of specimen BF-2 was
almost the same as those of the other two specimens
except that the distances of bottom of steel plates to the
bottom surface of specimen was changed from 20 mm to
40 mm (BF-2). The slots were sealed with wood strips
with thickness of 20 mm or 40 mm.
The test was designed as three-side fire exposure test and
conducted on the furnace for fire resistance of horizontal
components in the Structural Fire Resistance Laboratory
of Tongji University. The furnace chamber is 4.5 m long,
3.5 m wide and 1.7 m deep. The fuel of the furnace is
piped gas.
Two long steel I beams with 5200 mm centre-centre
distance outside the furnace were bolted to the
foundation of the laboratory as supports of the specimens.
Two 6000 mm long Glulam beam-type specimens of
dowel-type timber connection with three slotted in steel
plates were placed on the steel I beams over the furnace

dt=2cm

b. Positions of thermocouples in connections, another side

c. Positions of thermocouples far from connections
Figure 6: Positions of thermocouples (×- thermocouple)
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Load /kN

Temperatures of several locations were measured by Ktype thermocouples inserted into the drilled holes of the
specimens. Since there were not enough channels in the
measuring device, 20 thermocouples were used in each
specimen. Where No. 1 – No. 4 thermocouples were for
measuring temperatures of bottom dowel and of wood
between bottom dowels, No. 5 and No. 6 were for
measuring temperatures of centre of the side wood, No.
7 – No. 10 were for measuring temperatures of wood
between the end bottom dowel and the connecting face,
No. 11 – No. 20 were for measuring temperatures of the
symmetrical section of the connection (far from the
connection), No. 11 – No. 15 were for measuring
temperatures in 20mm deep from the side surface. No.
16 – No. 20 were for measuring temperatures in 40 mm
deep from the side surface. No. 1 – No. 10 were 20 mm
deep from the side surface. The temperature data were
automatically recorded in every 60 second. The positions
of thermocouples were shown in Figure 6.
18
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real load
design load
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Figure 7: Test load vs. time

Temperature/℃
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ISO-834 curve
temperature of sensor1
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200
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0

20

Time/min
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failure. There are two thermocouple temperature sensors
in two different locations inside the furnace to monitor
the real temperature in the furnace. The comparison of
the measured temperature of furnace and ISO-834
temperature curve was shown in Figure 8. It seemed that
the real temperature curve was very close to ISO-834
temperature curve.
2.3 FIRE TEST RESULTS
2.3.1 Test phenomena
Since the specimens were covered during the fire test,
very few test phenomena could be observed. Smoke
started to emit in about 2 min after ignition. In about 4
min after ignition, fire was found from some gaps and
wood burning sound was also heard. Figure 9 showed
smoke emission and fire when the test was carried out.
The expected three-side fire exposure of the specimens
changed as four-side fire exposure due to the vertical
deformation of the specimens. And there would be gap
between specimen and the cover slabs and the fire would
enter the gap. It could be verified from the vertical
distance between specimens and cover slabs shown in
Figure 16 and Figure 17. It was more like three sides
fully exposed to fire plus the top partially exposed to fire.
The LVDT devices connected to the top surface of the
specimens failed after 15 min due to the fire exposure of
the top surface of the specimens.
After 45 min of ISO 834-fire exposure of the specimens,
the applied load could not be kept constant even much
more oil was fed. It meant the stiffness of the specimens
was reduced a lot and the specimens had excessive
deflection and could not carry the expected loads any
more. So the test was terminated. The specimens were
unloaded. And the gas valve was switched off. After 15
min more ventilation and natural cooling the reinforced
concrete cover slabs were removed. The specimens were
found still slowly burning. Water was sprayed over the
specimens to extinguish the fire.

80

Figure 8: Real temperature of furnace vs. ISO-834 curve

Before ignition of the fuel in the furnace 15 kN load
(Equals to 0.2 Pu, where Pu is the peak load of the
standard specimen at ambient temperature) was applied
to mid-point of the spread beam over each specimen by a
hydraulic jack during test with load cell monitor which
was outside the furnace. The ratio of bending moment to
shear at the connected section in the specimen was 1.5 m
which was the same as that of the standard specimen.
Since under fire the specimen would deform further
because of the stiffness decreasing of the specimen and
the load would decrease so more oil had to be fed in the
hydraulic jack to keep the load constant as well as
possible. The oil feeding was manual controlled and the
real test load vs. the expected load was shown in Figure
7. The specimens were exposed to ISO 834-fire until

(a)

(b)

(c)

(d)

Figure 9: Specimens under test
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2.3.2 Temperature-time curves

900

The temperatures measured in the connection zone and
their symmetrical positions （far from the connection）
are shown in Figure 10 - Figure 13. The descendent parts
of the curves showed temperatures of measuring points
from about 45 min to 60 min when no fuel was supplied
to the furnace and the imposed loads were unloaded.
During the test some thermocouples failed. So the
recorded temperature data of the failed thermocouples
were not shown in the figures.
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2.3.3 Deformation of specimens

Figure 10: Temperatures in connection (BF-1)
900
800

TC11

700

TC12

600

TC13
TC14

500

TC15

400

TC16

300

5

TC18

100

TC19

0

10

20

30

40

50

60

70

Time/min

Figure 11: Temperatures of section far from connection (BF-1)
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Figure 12: Temperatures in connection (BF-2)
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Figure 14: Deflections of connected section and its
symmetrical section (BF-1)
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Since three-side fire exposure test was expected but
actually three sides fully fire exposure plus the top
surface partially fire exposure happened. The LVDT
devices connected to the top surface of specimens failed
after 15 min. Figure 14 and Figure 15 showed the
deflections of the connected sections and the
symmetrical sections of specimen BF-1 and BF-2 till
about 15 min respectively.

Deflection/mm

0

The measured temperatures showed some discreteness.
But the temperature data still showed some trends to a
certain extent. For examples, for specimen BF-1, TC 1 –
TC 10 (in the connection) took less time to reach 300℃
than TC 11 – TC 15 (far from the connection). It meant
steel dowels and steel plates might have effects on heat
transfer. For specimen BF-2, TC 11 – TC 15 (20 mm
deep) took less average time to reach 300℃ than TC 16
and TC 20 (40 mm) as expected.

Deflection/mm

Temperature/℃

600

TC1

700

Temperature/℃

TC16

700

Figure 13: Temperatures of section far from connection (BF-2)
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connected section
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symmetrical section
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5
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Time/min

Figure 15: Deflections of connected section and its
symmetrical section (BF-2)
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It showed that the deflections increased almost linearly
as the fire progressed at least till 15 min and the
deflection at the connected section was greater than that
of its symmetrical section. The reason of the deflection
increasing is that the stiffness of the specimens reduced
since the reduction of the cross section of specimen due
to wood charring and the reduction of stiffness of the
connection owing to the temperature dependent
reduction of timber embedment strength and stiffness
and wood charring. The deflection at the connected
section was greater than that of its symmetrical section is
because the stiffness of connected section is smaller than
that of full cross section. And the reduction of stiffness
of connected section is much faster than that of original
full cross section.
Figure 16 showed the deformed specimen BF-1 and its
connection after fire test. And Figure 17 showed the
deformed specimen BF-2 and its connection after fire
test. The deformation of the specimen was mainly due to
the deformation of connection.

Specimen BF-1

Connection of specimen BF-1
Figure 16: Deformation of specimen BF-1after fire test

Specimen BF-2

Connection of specimen BF-2
Figure 17: Deformation of specimen BF-2 after fire test

2.3.4 Residual cross section and charring rate
Figure 18 and Figure 19 showed the residual cross
sections of the connected section and another original
full cross section far from the connections of two
specimens, respectively. The side timber members of
connection were almost completely charred and thus did
not contribute to the load carrying capacity of the
connection. However, during the fire tests the char-layer
might not fall off so that the slotted-in steel plates were
not exposed directly to fire (The char-layers of side
timber members of connection of specimen BF-2 did not
fall off. Parts of the char-layers of side timber members
of connection of specimen BF-1 fell off. It might be
knocked off due to removing the reinforced concrete
cover slabs.) The middle timber members were almost
not charred except the top and bottom surfaces were
charred and the colour of partial side surfaces contacted
to the side steel plates changed to black. But cracks on
some glue lines of the middle timber members were
found. It meant the temperature of surface of middle
timber members was close to or reached 300℃. The
colour changing of the surfaces of middle timber
member could be seen in Figure 22 and Figure 23.
Since the charring rate of wood surface is very important
in structural design of heavy (mass) timber members,
investigation on the charring rate of the Glulam surface
is very useful.
After the ISO 834-fire exposure test, the char layer was
removed and the dimensions of residual cross sections of
the specimens were measured. And the charring rates of
GLULAM at different position of specimens were
calculated. The calculated burning time took 45 min. It
was conservative leaning since there was 15 min more
for the specimens exposed to elevated temperature (the
descending parts of the temperature curves in Figure 10
– Figures 13).
For specimen BF-1, the calculated charring rates for side
surface are 0.67 mm/min far from the connection and
0.89 mm/min at the connection, and the calculated
charring rates for bottom surface are 0.72 mm/min and
0.89 mm/min at the connection.
For specimen BF-2, the calculated charring rates for side
surface are 0.70 mm/min far from connection and 0.89
mm/min at the connection, and the calculated charring
rates for bottom surface are 0.77 mm/min and 0.78
mm/min at the connection.
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Figure 18: Residual cross sections far from or near
connections (BF-1)

Figure 22: Dowel holes after fire test (BF-1)

Figure 19: Residual cross sections far from or near
connections (BF-2)

2.3.5 Failure mode
Figure 20 and Figure 21 showed the dowels and steel
plates in the connections of specimen BF-1 and BF-2
after fire. The colour of the steel plates and dowels
changed after fire. The dowels still remained straight
which was different from standard specimen. No visible
deformed change of steel plates and dowel holes in the
steel plates was found. Figure 22 and Figure 23 showed
the enlargement of dowel holes in the middle timber
members of the connections of specimen BF-1 and BF-2.
The 6 yield modes [6] for dowel-type timber connections
with three slotted steel plates according to European
yield theory were shown in Figure 24.

Figure 20: Dowels and steel plates after fire test (BF-1)

Figure 23: Dowel holes after fire test (BF-2)

Figure 24: Yield modes for dowel-type connection with three
slotted-in steel plates [6]

For the standard specimen of dowel-type timber
connection with three slotted in steel plates at ambient
temperature, after test the top row of dowels remained
straight but the lower two rows of dowels deformed and
formed yield hinges. The yield modes of lower dowels
seemed as modeⅡ or modeⅤof Figure 24. See Figure 4.
For specimen BF-1 and BF-2 under fire, after test all
dowels remained straight. So the yield modes of lower
dowels seemed as mode Ⅰ of Figure 24. It could be
compared mode Ⅰ of Figure 24 with Figure 20 and
Figure 21. The reason might be that under fire test the
side timber members of the connections completely
charred and embedding strength of middle timber
reduced at elevated temperature and the dowels still had
enough strength and stiffness with the protection of char
layer and unburned wood.

3 CONCLUSIONS

Figure 21: Dowels and steel plates after fire test (BF-2)

Beam-type timber connection specimens were used in
fire test and a comparative test at normal temperature
with the connection under combined bending and shear
were conducted in order to study the fire performance of
the dowel-type timber connections with multiple slottedin steel plates and influence of steel elements (steel
plates and dowels) on the wood charring rate.
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The dowel-type timber connections with multiple
slotted-in steel plates achieved better fire resistance
because the steel plates are protected by the timber side
members. The fire resistance performance of the
connections primarily depends on the wood charring of
the connection. And the locations of slotted-in steel
plates and steel dowels have influence on the charring of
the timber members and the temperature distribution in
the residual cross-section.
The failure mode of dowel-type timber connection with
multiple slotted in steel plates under fire is different from
that under ambient temperatures. The failure of the
connection is due to charring of side timber members
and embedment failure of middle timber member. Yield
hinges of dowels as mostly happened in normal
temperature had not been found.
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Figure 1: Descripttion of Seismoggraph
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Thee analysis will be conduucted using the
t
measured
d
seissmic intensity, distribution of the greatesst acceleration
n
and
d the seismic acceleration
a
reesponse spectrrum.

2 THE C
CO-OPERA
ATIVE HO
OUSING OF
F
WOOD
DEN CONS
STRUCTIO
ON
HOUSING AND MEASURM
MENT
TS
POINT

*1, Angle of structurally weak directiion and eastt
direection (expressed in a 0--360 ° coun
nterclockwisee
circcuit from the east
e direction）
）

As seen in image 2, the co-operative
c
town
t
is locateed in
metropolitan area of Japaan, a 16 buildding
the Tokyo m
housing com
mplex in a 1.1 hectare area located at a hhigh
elevation on the western side of a hilll. Image 3 deetails
the complexx elevation and topsoil condition. The
elevation rannges from 799 meters to 98
9 meters wiith a
difference off 19 meters. Symbols
S
repreesent the locaation
of fills in thee topsoil. K and
a KM indicaate the borderrs of
each soil cut and fill.
The buildinng is about Built 35 years,, it is a two-sstory
wood panel construction
n methods.Th
his building is a
Footing is a cloth foundation (reinfoorced
tenement. F
concrete struucture).
Indicating tthe position of the seism
mograph A off the
nearest publlic with this co-operative town in Figgure
2.The distannce to the neaarest public seismometer
s
A is
approximatelly 1.2km.In addition, th
here is a puublic
seismograph B away froom the measu
urement poinnt of
west direction.
about 4.4km to the northw
No.12
Measuremeent points, thee 14 building except for N
and No.15 off the 16 buildiing of Figure 3.
3

Japan Me
eteorological Agency(B
B)

Wooden C
Construction Housing in
Dense Forrmation on Hill Slopes
(damage aassessment metor)

Japan Meteorological A
Agency(A)

Figure 2: Map of Target
T
Area & P
Periphery

3 PARAM
METERS
Parameters ppotentially innfluencing strructural inputt are
structural iinformation and seism
mic informattion.
Structural innformation paarameters are:: topsoil, subbsoil,
topography, structural coonstruction and
a
orientatioon*1,
foundation construction, latitude, longitude, and
elevation. Seeismic informaation parametters are: measuured
acceleration data, the direcction, the distance and deptth of
seismic activvity, and earthhquake scale. Of these, tabble 1
shows the vaalue of the strructural constrruction, structtural
orientation, ttopsoil, and elevation.
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4 CLASS
SIFICATIO
ON OF TH
HE
HYPO
OCENTER DIRECTIO
ON FROM
M
THE M
MEASURE
EMENT PO
OINT

the hypocenter. The
T colors folllow the classification used
d
F
5. The vertical
v
(Figur
ure 6) angle is θ2, and is
in Figure

4.1 MEASU
UREMENT DATA
D
The period of measurem
ment data used in this paperr is a
ovember 24, 2012.
2
During that
February 7, 22016 from No
period, the m
measurement points were measured
m
seissmic
136 times.
METHOD OF
F CLASSIFIC
CATION
4.2 THE M
In Figure 5,, in which the position of th
he hypocenterr and
the measurem
ment point waas plotted usin
ng the latitudee and
longitude. H
Horizontal distance
d
hypo
ocenter and the
measurementt point were calculated using
u
each othher's
latitude and longitude. Measurement
M
point
p
is the ceenter
he results are classified
c
by aangle,
of Figure5. Inn Figure 5, th
with the coolor changingg in 10° in
ncrements in the
horizontal pllane. In the reggion of each direction,
d
it shhows
o the earthquuake
a "n". This iis the numberr of samples of
was measured in that direction.
d
Herre the horizoontal
wise
(Figure 5) anngle is θ1, annd is shown counterclockw
from 0° thhrough 360° with an easterly
e
direcction
correspondinng to 0°.
Figure 6 iss a plot of th
he horizontal distance betw
ween
measurementt point and hypocenter
h
and
d of the deptth of
Distance[kkm
]

Figure 55: Horizontal distribution
d
off hypocenter aas
seen from
m the measureement point

Depth
[k ]

of

hypocentre

Horizo
ontal distance of the hypoccentre and the measurement point [km]

Figure 6:: Vertical disttribution of hyp
ypocenter as sseen
from the m
measurement point (All earrthquake)

Figure
F
7: Vertiical distributioon of hypocen
nter as
seeen from the measurement
m
ppoint (each θ2
2)
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shown clockkwise from 0° through 90° with an deptth
direction corrresponding too 0°. (Hereinaffter the angle unit
“°” is omittedd.) Taking intto consideratio
on the numberr of
samples and the direction, Figure 7 show
ws the verticaal
0°, 40°<θ1≤500°,
distribution ffor six directioons: 0°<θ1≤10
70°<θ1≤80°,, 180°<θ1≤1900°, 260°<θ1≤2
270°, and
290°<θ1≤3000°. In Figure 7,
7 this is plotteed depth
direction in iincrements of 10°, with the symbols of thhe

y being changeed.
key

16th, 2013, 8:44:41pm
8
November 1
Hypocentre : northweste
ern Chiba Prrefecture
Magnitude : 5.3

bruary 11th, 2014, 4:14:338 am
Feb
Hyp
pocentre : so
outhern coasst of the Boso
o Peninsula
Ma
agnitude : 5.3
3

Figure 8: Thhe time historyy acceleration
n data (1)

Fig
gure 9: The tim
me history accceleration data (2)

5 MEASUR
RED TIME HISTORY
Y
ACCELERATION D
DATA
In figure
f
8 and 9, is a time hhistory of thee acceleration
n
dataa in the earthquake of two cases. This is thee
acceleration data in the strong axis direction
n and weak
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axis directioons of all thhe buildings (14 house). The
seismic wavees are from Noovember 16th
h, 2013, at 8:444:41
p.m., with a hhypocenter inn northwestern
n Chiba Prefeccture
and a magniitude of 5.3 (figure
(
8), an
nd from Febru
ruary
11th, 2014, at 4:14:38 a.m., with a hy
ypocenter offf the
nd a magnitudde of
southern coaast of the Bosoo Peninsula an
5.3 (figure 8). In addition, also it show
ws the time hisstory
of public seeismograph B point. Public seismograpph A
point dose noot exhibit the graph of timee history ,becaause
it does not exxpose the acceeleration data.
The shape oof the time hisstory of all off the buildingg (14
House) is sim
milar for eachh earthquake. It is differennt in
size and duraation of accelleration for eaach building. The
maximum aacceleration was
w a differeence of 18gaal at
maximum. T
This difference in shape and acceleraation
values are cconsidered to be affected by
b surface llayer
grounds andd building direection.

UM ACCEL
LERATION
N
6 MAXIMU
VECTOR
R, AND THE
E DISTRIB
BUTION
OF INSTR
RUMENTA
AL SEISMIC
INTENSIT
TY
6.1 MAXIMUM
M ACCELER
RATION VECTORS
nd 12, the max
aximum acceleeration vectorr
In Figure 10 an
t same eartthquake as thhe two examp
ples shown in
n
of the
Chaapter 5 is thee distribution.. Circle drew
w a maximum
m
acceleration as th
he radius.
he values giveen within parrentheses in The
T maximum
m
Th
acceleration too varied by buuilding, and the
t maximum
m
o
was 225.3 gal. Thiss difference iss
diffferential that occurred
beliieved to be du
ue to the influuence of factors such as thee
orieentation of thee ground surfaace layer and the
t building

16th, 2013, 8:44:41pm
8
/ Hypocentre
H
efecture / Maagnitude : 5.3
3
: northwestern Chiba Pre
November 1
Japan Meteoroloogical Agency
Point A :seismiic coefficient 3(-)
)
Point B :seismiic coefficient 3(2.6)

■：Th
he measerment points
×：A hyporcenter

Figure 10: M
Maximum acceeleration vecto
or (1)[gal]

Figure11: Thee distribution off instrumental
seismic-intensiity and seismic--intensity scale (1)

1th, 2014, 4:14:38 am / Hypocentre
H
: southern coast of the Bo
oso Peninsul a / Magnitud
de : 5.3
February 11
Japan Meteorolog ical Agency
Point A :seismic coefficient 2(-)
Point B :seismic coefficient 2(1.6)

■：The me
easerment points
×：A hypo
orcenter

Maximum acceeleration vecto
or (2)[gal]
Figure 12: M

Figure13:
F
The ddistribution of instrumental
seeismic-intensityy and seismic-in
ntensity scale (22)
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6.2 DISTR
RIBUTION OF INSTRUM
MENTAL
SESMIIC INTENSIT
TY
In Figure 11 and 13, it is
i a seismic in
ntensity scalee (an
nsity) distribu
ution of the ssame
instrumental seismic inten
earthquake aas the two exaamples shown in Section 5. The
numbers in parentheses in Figure 11
1 and 13 iis a
nsity. In the up
pper-left corneer of
instrumental seismic inten
mic intensity (the instrumeental
the figure shhows the seism
seismic intennsity) of publicc seismograph
h.
Instrumentaal seismic inteensity, there was
w a differencce of
up to 0.67. S
Seismic inten
nsity scale waas the same. T
This
difference arre considered to be affected
d by surface llayer
grounds andd building direection.

ON RESPON
NSE
7 ACCELERATIO
SPECT
TRAM
7.1 HOW T
TO MAKE A STANDAR
RDIZED
ACCEL
LERATION RESPONSE
E SPECTRUM
M
Below, it shows the calculating method of the
earthquake reesponse specttrum [5]. T reprresents the nattural
mode functioon and h repreesents the dam
mping ratio.

20°＜θ2≦330°

seismic coefficient 1
seismic coefficient 0

seismic coefficient 1
seismic coefficient 0

he upper portion of Figuree 14 shows th
he earthquakee
Th
resp
ponse spectram
m of a verticaal plane direction 4 pattern
n
in the
t case of th
he horizontal direction 0 <θ1 ≦ 10..
Shaape is differen
nt for each thee hypocenter direction and
d
eartthquake size.
Th
he followin
ng indicatees the staandardization
n
metthodology.
Sta
andardized acc
celeration on ressponse spectru
um
= Acceleration re
esponse specttrum × 400 ga
al

/ Maximum
m

acceleration

40°＜θ2≦50°
≦
seismic coefficient 3
seismic coefficient 2
seismic coefficient 1
seismic coefficient 0

50°＜θ2≦60°
seismic coeffficient 3
seismic coeffficient 2
seismic coeffficient 1
seismic coeffficient 0

加速度[cm/s2]

The direction of
the weak axis

The direction of
the strong axis

The direction of
the weak axis

The direction of
the strong axis

00°＜θ2≦10°°

・Displacement earthquake ressponse spectram
m
SD=ymax
hquake responsse spectram
・Velocity earth
SV=ωSD≒y’max
e
respponse spectram
m
・Acceleration earthquake
SA=ω2SD≒ωSV≒(y”++y”0)max

x-axis:period[seec],y-axis: acceleration[cm/s2]

Figure 14:

Acceleratioon response spectrum
sp
and iits standardizzation of No.8 (horizontal ddirection 0 < θ1
θ ≤ 10)

WCTE 2016 e-book | 5299

The lower portion of Figure14 is the acceleraation
t upper porrtion standarddized
response speectram from the
at 400 gal. T
The spectram with
w the black
k lines is BCJJ-12.
The
shapees
resemble
one
an
nother
throough
standardizatiion, enabling general classsification off the
acceleration response speectram. How
wever, there w
were
s
at seissmic intensiti es 0
some inconssistencies in shapes
and 1.
FICATION ON
O THE SHA
APE
7.2 VERIF
CHARA
ACTERISTIICS OF A ST
TANDARDIZ
ZED
ACCEL
LERATION RESPONSE
E SPECTRUM
M
THE DIF
FFERENCE OF
O HYPOCE
ENTER
DIRECTIION
The lower pportion of Figgure14, Figuree15 and Figurre16
show the accceleration ressponse spectraam (standardiized)
by classificaation for the horizontal diirection (θ1) and
vertical direection (θ2) in
n the No.8. This also shhows
differing shaapes dependingg on the verticcal direction eeven
for the same horizontal diirection. The shapes also ddiffer
even if the hhorizontal dirrection differss. This differeence
are considereed to be becaause the hypo
ocenter directtions
affecting seissmic..

l
data avvailable depen
nding on thee
Since there is little
direection, data must continnue to be gathered forr
valiidation
HE DIFFERENCE OF TH
HE MEASUREMENT
TH
PO
OINTS
Accceleration reesponse specctra for all buildings
b
(14
4
totaal) are shown in Figure 17 with a horizo
ontal direction
n
of 0 < θ1 ≤ 10 an
nd vertical dirrection of 40 < θ2 < 50, ass
welll as Figure18 with a horizoontal direction
n of 290 < θ1
≤ 300 and verticaal direction off 20 < θ2 ≤ 30
0. Figure17 iss
the shape of the spectrum theere are two types. One wass
t shape of one
o peak, thee second is in
n the shape off
in the
two
o mountains. The
T shapes allso differ in th
he strong axiss
and
d weak axis directions. FFigure18 reveals that thee
shap
pes differ by building. Thiis suggests that the surfacee
layeer ground hass a significantt impact in ad
ddition to thee
direection of the hypocenter.
h
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8 CONC
CLUSIONS
It can easilyy be imaginedd that hypocen
nter directionn and
depth, the deeep ground thaat the wave prropagates throuugh,
and the grouund surface laayer will have an impact oon a
seismic wavve, but the prresent paper has
h succeedeed in
actually makking this situaation clear. Beecause the groound
is one charracteristic off a structure, the shapess of
earthquake rresponse speectra for diffferent hypoceenter
directions annd different buuildings will be
b similar, andd can
be classifiedd. The shape varies
v
by hyp
pocenter direcction
and building.
In the fuuture, I willl increase the numberr of
measurementt data and co
onsider questtions such ass the
weighting oof hypocentter depthwise distance and
earthquake ssize, carrying
g out high-prrecision specttrum
predictions fo
for massive eaarthquakes.
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SHAKE TABLE TESTS ON FULL SCALE TIMBER HOUSES WITH
VIBRATION CONTROL DEVICES
Hisayuki Sugiyama1, Naohito Kawai 2, Kenji Miyazawa3, Akitoshi Nishimura4,
Takanori Takumoto5
ABSTRACT: Recently in Japan, there is a lot of demand to build the house of narrow width, and the shear walls with
short length and high performance is required so as not to close the openings in these houses. For such a demand, we
have developed wall system with 600mm length using the devices made by low yield point steel. And we conducted
shake table test on full scale timber houses using this wall system. As the result, the test house with the vibration control
devices revealed enough performance and there is a tendency for the devices to control the twisting vibration of the
house. However, it is necessary to be careful in the design of the joints at the top and the bottom of the columns in the
both sides of the wall system with 600mm length using the devices.

KEYWORDS: House of narrow width, Seismic performance, Low yield point steel

1 INTRODUCTION 123
Recently in Japan, there is a lot of demand to build the
house of narrow width, and the shear walls with short
length and high performance is required so as not to
close the openings in these houses. We have developed
previously wall system with 910mm length using
devices made by low yield point steel. However,
considering such a demand, this time we have developed
a new 600mm length wall system. And we conducted
shake table test on full scale timber houses using this
wall system.

applied so that the horizontal seismic force is transmitted
to the devices. Table 1 shows the material properties of
the low yield point steel used for the devices.

In this paper, we report the result of the static lateral
loading test conducted during the development of the
shear wall with the devices of the 600mm length and
shake table test conducted to confirm the usefulness of
the wall system.
The devices made by low yield point steel (with similar
shape to the Greek letter omega) are used at half the
height of the inner dimension of the wall system with
910mm length as shown Figure 1. The devices are
fastened using screws and pipe braces and L-type are
1
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2
Naohito Kawai, Kogakuin University, Japan,
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Takanori Takumoto, Satoh Co., Ltd., Japan,
t-takumoto@satoh.co.jp

Figure 1: Wall system 910mm length using devices made by
low yield point steel
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Table 1: The material properties of the low yield point steel
devices

Manufacture
Lower yield
point stress or
proof stress

2

NIPPON STEEL &
SUMITOMO METAL
CORPORATION
205~245 N/mm2

Tensile strength

300~400 N/mm2

Yield ratio

 80%

Min. elongation

 40%

600-A

600-B

600-C

600-D

600MM LENGTH WALL WITH
DEVICES

2.1 TEST SPECIMENS OF THE SHEAR WALL
WITH 600MM LENGTH
Figure 2 and Table 2 shows the specimens for the static
lateral loading test of the shear walls using devices made
by low yield point steel for investigating the
performance of the wall system with 600mm length.
The height H from the center line of sill to the center line
of beam of the specimens is 2702.5mm. The length V
between the center lines of the column is 600mm. Each
specimen has four devices made by low yield point steel
and the devices are connected by a flat bar horizontally,
and are connected by the pipe braces vertically.
There are four types of specimens according to the
parameters, the rings are installed in the device or not,
connecting steel pipes are parallel or cross, and whether
section size of column and sill is 105mm or 120mm.It
should be noted that the rings included into the devices is
welded to the steel plates fastened to the column with
screws.

Table 2: Types of specimens with 600mm length

a) The specimens

b) Photograph of the devices with the rings
Figure 2: The shear walls with 600mm length for static lateral
loading test

Parameters

600-A

600-B

600-C

600-D

Ring of low yield point steel devices

Not
installed

Installed

Installed

Installed

Connecting way of steel pipe

Parallel

Parallel

Cross

Parallel

Section of column and sill

105 mm

105 mm

105 mm

120 mm
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2.2 TESTING METHOD
Figure 3 shows the loading system of the test.
Lateral load was applied to the beam of specimen using
steel boxes at both ends of the beam, tightened them to
each other by PC steel rods, by means of an actuator
under displacement controlling.
Static cyclic loading was performed with three cycles at
each target deformation angle, 1/450, 1/300, 1/200,
1/150, 1/100, 1/75, 1/50, 1/30 and 1/15 rad.
Load is measured by load-cell set at the end of the
actuator. Horizontal displacement of the wall at the
height of loading point and center line of the sill, and
relative displacement of joints are measured by
displacement transducers. Axial strain of the bolts of
joints and pipe braces are measured using strain gauges.
2.3 TEST RESULTS
Figure 4 shows the load-displacement curves obtained
by the test. In addition, Table 3 shows equivalent viscous
damping factors referred to as heq in the third cycle of
1/30 rad of load-displacement curves. It should be noted
that the displacement and deformation angle in the loaddisplacement curves is calculated Equations (1) and (2).
γ1 is called as apparent shear deformation and γ2 is true
shear deformation. Where, δ1: at the top, δ2: Horizontal
displacement at the bottom, δ3 and δ4: Vertical
displacement at the column, H: Height of the specimen,
V: Vertical between the center line of the column.
Further, Figure 5 shows a state of low yield point steel
devices at the time of 1/15 rad of 600-B and 600-C,
damage of column bottom joints of 600-B, and the entire
photograph of 600-B at the time of 1/15 rad.

δ1  δ2
H
δ1  δ2 δ3  δ4
γ2 

V
H
γ1 

Table 4 summarizes the characteristic values obtained in
the loading test. These characteristic values derived from
the load-displacement curves using the procedure
proposed by Yasumura and Kawai [1], named as
Procedure II in the paper, to derive yield point using the
points of 0.1Pmax, 0.4Pmax and 0.9Pmax on loaddisplacement curve and to derive equivalent bi-linear
using the area under the load-displacement curve until
the reduction to 0.8Pmax.
For the purpose of selecting the most effective
specification of the shear walls with short length, we
calculated allowable shear strength Pa by using the
characteristic values. The allowable shear strength was
calculated by multiplying the reduction factor α related
to construction quality and durability to the standard
shear strength P0. The standard shear strength P0 was
calculated as the minimum value of the four indicators
obtained from the characteristic values, as Table 4 shows.
2.4

CONSIDERATION

600-B seems best of the four because both maximum
load and allowable shear strength are the highest in the
specimens. And also the equivalent viscous damping
factor calculated by apparent shear deformation curve is
highest. heq calculated using γ2 is not so high, but heq by
γ1 seems more important in the practical use.
Thus, it was decided to confirm its usefulness in the
shake table test on full scale houses using 600-B type
wall system.

(1)
(2)

V =600mm

Figure3: Loading system of the wall with 600mm length

H
=2702.5mm
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600-B

-15

30

-10

40

15

-20

-20
Displacement(mm)

-100

20

25
Load(kN)

Load(kN)

10

-10

-5 0

-25
Deformation Angle(x103rad)

20

-100

5

-15

30

-10

15

-20

-20
Displacement(mm)

-100

600-A

25

c) Column bottom in 600-B
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Figure 4: Load-displacement curves and Load-deformation
angle γ2
Table 3: Equivalent viscous damping factors heq
600-A

600-B

600-C

600-D

heq by δ1

19.12%

20.20%

17.25%

17.64%

heq by γ2

32.90%

30.80%

29.36%

31.29%

d) The entire photograph
Figure 5: Photographs of damage on the specimens at the time
of 1/15 rad

Table 4: Characteristic value of the test

Characteristic value
Pmax
Pu
δ [mm]
δ [rad]

μ

K
Four
indicators

2/3 Pmax

Pu  0.2 2 μ  1

Py
P120
P0(=min. 4 indicators)
Pa  P0  α 

600-A
21.72
17.85
181.00
14.93
3.19
0.31
14.48
8.29
11.35
9.04
8.29
7.87

600-B
26.04
19.31
180.30
15.07
3.16
0.34
17.36
8.91
11.33
9.04
8.91
8.47

600-C
21.84
16.82
181.20
14.91
3.16
0.29
14.56
7.76
10.38
8.04
7.76
7.37

600-D
24.88
18.72
180.40
15.02
2.91
0.30
16.59
8.25
11.88
8.72
8.25
7.83

Pmax
Pu

δ
δ

μ
K
Py

P120
P0
α
Pa

Maximum load [kN]
Ultimate strength [kN]
Maximum displacement [mm]
Maximum deformation angle [mm]
Ductility factor []
Initial stiffness [kN/mm]
Yield load [kN]
Load at the time of 1/120 rad [kN]
Standard shear strength [kN]
Reduction coefficient(=0.95) []
Allowable shear strength [kN]
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3 SHAKE TABLE TEST
To confirm the effect of the wall system with the devices,
shake table tests on full scale of two story timber houses
shown in Figure 6 were conducted. This specimen was
designed for the plan shown in Figure 7. Excitation is
only in short side direction of the specimen, and shaking
the two buildings of the specimen at the same time.
3.1 SPECIMENS
The specimens are actually two-story but assuming
three-story. The weight using steel plates is put on the
third floor so that weight is equivalent to that of threestory houses. The size of the specimen is 9100x3640mm.
The weight of each story is 109.2kN in the first story and
159.0kN in the second story. The story height is
2570mm in the first story and 2850mm in the second
story. There were four types of specimens which
changed the arrangement of the shear wall. We treat two
types from the four and each specimen is referred to SC3,
SR2 in this study. The second floor of the shear wall
arrangement are uniform in all of the specimens.

Figure 8 shows the first story plan of the shear walls of
the specimens and the measurement equipment layout.
SC3 is the house with 3 walls with the devices, and SR2
is the house with only normal plywood shear walls.
3.2 INPUT WAVES
The Table 7 summarizes the main input waves of the test.
As the input waves of strong ground motion, an artificial
wave produced by Building Center of JAPAN (BCJ
Level 2), and the NS component of the recorded strong
ground motion wave of 818gal during Kobe earthquake
in 1995 (JMA Kobe NS) were used with multiplied wave
according to the condition of the specimens.
Table 7: Input waves

No.

Input waves

1
2
3
4
5
6
7
8
9
10
11

Step wave 0.05Hz ±1mm
BCJ L2 20% 70gal
Step wave 0.05Hz ±1mm
BCJ L2 100% 355gal
Step wave 0.05Hz ±1mm
Step wave 0.05Hz ±1mm
JMA Kobe NS 50% 409gal
Step wave 0.05Hz ±1mm
Step wave 0.05Hz ±1mm
JMA Kobe NS 70% 573gal
Step wave 0.05Hz ±1mm

Plywood shear wall
t=9.0mmN50@150
Both sides sheathed plywood shear wall
t=9.0mm N50@150

Figure 6: The photograph of shake table specimens
Ω

Measurement
time (s)
60
130
60
130
60
60
55
60
60
55
60

Measuring point of story drift
Measuring point of acceleration

Wall with the devices

Ω

Ω
Ω

Excitation direction
Image of specimen

First story

Figure 7: Assumed plan of specimen

Second story

SC3

-

+

SR2

Figure 8: The arrangement of the shear walls and measuring
equipment in first story
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4 TEST RESULTS
4.1 LOAD DISPLACEMENT CURVES
Figure 9 shows the load-displacement curves by
accelerometer and displacement transducers on front and
center of the specimen in JMA Kobe 50% and 70%. The
load of Figure 9 is calculated by multiplying the
acceleration measured on reference line G to the mass of
first and second story. The displacement of the front of
specimens on Figure 9 is that measured on line B, and
that of the center of specimens is that measured on line
Ea. However, the displacement transducer on the line I is
used in d) of Figure 9 as that on the line Ea was gauge
out against JMA Kobe 70%.

Figure 10 shows the natural frequency of the transition,
which was confirmed in step wave. In order to damage
by JMA Kobe 50% is likely to lead to collapse next of
the excitation, the plywood of the normal plywood shear
walls which placed on the base line of B, Ba, Ca, and D
in the first story was out increased by 150mm pitch,
natural frequency is higher from Step5 of SR2 through
Step6.
It appears that the shear walls with the devices were
functioning effectively in JMA Kobe NS 50%. However, in
JMA Kobe 70%, the effect of the walls seems to reduce as
the values of maximum story drift of SC3 and SR2 are
almost the same.

The maximum story drift of SC3 against JMA Kobe NS
50% was about 1/23 rad, while of SR2 was about 1/18
rad. The maximum story drift of SC3 against JMA Kobe
NS 70% was about 1/18 rad, while of SR2 was about
1/17rad.

a) The front of specimens SC3 and SR2, JMA Kobe NS 50%

b) The center of specimens SC3 and SR2, JMA Kobe NS 50%

c) The front of specimens SC3 and SR2, JMA Kobe NS 70%

d) The center of specimens SC3 and SR2, JMA Kobe NS 70%

Figure 9: Load-displacement curves of the shake table test

Figure 10: Changes in the natural frequency by Step wave
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4.2 DAMAGE
In the specimen SC3, damage to the column bottom of
the 600mm length wall with devices was noticeable as
shown in Figure 17. In BCJ L2 100%, the shear failure
of the screw joint of hold down connector was observed
at the one of three walls with devices. Due to this failure
of the column bottom, we have replaced the connector
having higher strength for the next excitation of JMA
Kobe 50%. In the other two walls, large cracks of
columns occurred at the column bottom joints in JMA
Kobe 50%. Furthermore, in JMA Kobe 70%, it was
observed that there was large cracks or failure of
connector at the column bottom of the two walls. Tensile
force of the column bottom caused by seismic force
seems to be higher than that had been assumed. When
we designed the joint design of the wall system before
the shake table test, we regarded the performance of the
wall system as same as both sides sheathed plywood
shear wall. The joint failure occurred because the actual
shear strength of the wall system was higher than that
was used in the joint design.

5 CONCLUSIONS
By means of shake table test against JMA Kobe 50%, we
confirmed that the 600mm length shear walls with the
devices decreased the deformation of the front in
specimen SC3 as compared with to 82% of the specimen
SR2 using only normal plywood shear walls. From the
above reason, it was found that the narrow wall with
devices had enough performance to control the twisting
vibration of the house.
However, against JMA Kobe 70%, due to the failure of
the joint at the column bottomof the shear walls with the
devises, the performance of the shear walls with the
devices reduced to control the vibration of the specimen
SC3. Thus, it is necessary to be careful in the design of
the joints at the top and the bottom of the column in both
sides of the 600mm length wall with the devices.

In contrast, damage at the column bottom of SR2 was
not so severe (see Figure 11). Instead, the nails pull-out
was observed in the plywood shear walls.

I) After BCJ L2 100%

II) After JMA Kobe 50%

II) After JMA Kobe 70%

III) After JMA Kobe 70%

I) After JMA Kobe 50%

a) Specimen SC3
Figure 11: Damage of specimens

b) Specimen SR2
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ADVANCED TOPICS IN SEISMIC ANALYSIS AND DESIGN OF MID-RISE
WOOD-FRAME STRUCTURES
Chun Ni1, Marjan Popovski2, Jasmine B. Wang3, Erol Karacabeyli4
ABSTRACT: The following topics in the field of seismic analysis and design of mid-rise (5- and 6-storey) wood-frame
buildings are included in this paper: Determination of the building period, linear dynamic analysis of wood-frame
structures, deflections of stacked multi-storey shearwalls, diaphragm classification, capacity-based design for woodframe structures, and design of wood-frame buildings on concrete podiums. The information presented in this paper is
in line with the 2015 edition of the National Building Code of Canada (NBCC), Canadian Provincial Building Codes
that allow 5- and 6-storey wood-frame construction, and the 2014 edition of CSA O86 Standard on Engineering Design
in Wood. This information is intended to assist architects, engineers, code consultants, and Authorities Having
Jurisdiction (AHJ) in the design of mid-rise wood frame buildings.
KEYWORDS: Mid-rise Wood-frame Construction, Seismic Design, Dynamic Analysis, Capacity-based Design,
Diaphragm Classification

1 ITRODUCTION123
In North America, the wood-frame construction is the
dominant building construction system for housing and
low-rise (up to 4 storeys) buildings. It evolved and kept
its competitiveness with the introduction of panel
products, structural composite lumber (SCL), gluedlaminated timber (glulam), wood-I joists, and fire
suppression systems. Mid-rise (5 and 6 storey) woodframe construction came as a natural extension. In the
Western US States, mid-rise structures are present for
more than a decade. In 2009, British Columbia (BC)
became the first province in Canada to amend its
Building Code (BCBC) to allow mid-rise wood frame
construction. In 2015, Ontario and Alberta allowed midrise wood-frame construction in their provincial building
codes. On the national level, the Canadian Commission
on Building and Fire Codes (CCBFC) accepted the code
change proposals to allow 5- and 6-storey wood-frame
construction in the 2015 edition of the National Building
Code of Canada (NBCC). To facilitate the design and
1
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construction of mid-rise wood-frame construction in
Canada, several technical documents have been
developed. In 2009, the Association of Professional
Engineers and Geoscientists of BC (APEGBC) published
a technical and design bulletin [1]. Similarly, Régie du
Bâtiment du Québec (RBQ) developed its technical
guide [2]. Based on the latest information available,
FPInnovations has prepared a comprehensive Handbook
that covers broad design and construction topics and
provide practical solutions by making use of the most
recently developed technical and research information
[3].
This paper provides information on some of the topics
covered in the Handbook which are related to the
seismic analysis and design of mid-rise (5- and 6-storey)
wood-frame buildings: Determination of the building
period, linear dynamic analysis of wood-frame
structures, diaphragm classification, capacity-based
design for wood-frame structures, and design of woodframe buildings on concrete podiums. The information
presented in this paper is in line with the recently
published technical documents in Canada [1], [2], the
2015 edition of the National Building Code of Canada
(NBCC) [4] and the 2014 edition of CSA O86 Standard
on Engineering Design in Wood [5].

2 BUILDING PERIOD
The fundamental period of a building is an important
parameter that plays a significant role in calculation of
the design base shear force in case of earthquake loads.
It is preferable that the fundamental period be
determined based on principles of structural mechanics.
This will allow engineers to estimate the design base
shear more accurately, which is particularly important
for design of taller wood-frame buildings.
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Building codes provide empirical equations to estimate
the fundamental period for selected structural systems
and material types. For wood-frame buildings in which
shear walls are used as Seismic Force Resisting System
(SFRS), the NBCC states that the fundamental period
can be determined as follows:

Ta = 0.05hn

3/ 4

(1)

where hn is the total building height, m.
If the fundamental period of the structure is determined
based on established methods of mechanics, the NBCC
requires that the building period used to determine base
shear should not exceed the upper limit of 2 times of the
empirical period determined in accordance with
Equation (1). The imposed upper limit for the period is
to guard against computation of excessively long periods
out of the concerns that there are uncertainties associated
with: a) the participation of non-structural elements
whose effect may not have been considered in period
determination; b) possible inaccuracies in structural
modeling; and c) potential difference between the design
and as-built conditions [6].
One method of calculating the period is the use of the
following equation based on Rayleigh’s method [7]:
n

T = 2π

w
i =1
n

2

i i

g  Fi i

(2)

i =1

Where Fi is the seismic lateral force at Level i, wi is the
seismic weight assigned to Level i, δi is the static lateral
displacement at Level i due to the forces Fi computed on
a linear elastic basis, and g is the acceleration due to
gravity.
Wood-frame construction can be designed with only
wood-based shear walls resisting the earthquake effects,
or with both wood-based shear walls and gypsum
wallboard considered as part of the SFRS. According to
NBCC Clause 4.1.8.3.6, stiff elements that are not
considered part of the SFRS shall be separated from all
structural elements of the building so that no interaction
takes place as the building undergoes deflections due to
earthquake effects. Clause 4.1.8.3.7 further states that
stiffness imparted to the structure from elements that are
not part of the SFRS shall be accounted for in calculating
the period of the structure for determining the lateral
forces if the added stiffness decreases the fundamental
period by more than 15%.
Numerous studies have shown that gypsum wallboard
and stucco have a significant influence on the initial
period of wood-frame buildings [8, 9, 10, 11, 12, 13, 14,
15, 16, 17]. As gypsum wallboard and stucco walls are
not separated from wood-based shear walls in woodframe buildings, therefore even if wood-based shear
walls are considered as the only elements forming the
SFRS, the stiffness of gypsum wallboard and stucco
should be accounted for in determining building period
in accordance with NBCC Clause 4.1.8.3.7. The stiffness
used to calculate the building period should be the initial

stiffness in the elastic region. An appropriate estimate of
this stiffness is calculating the slope between the points
of zero and 40% of capacity as described in ASTM
E2126 [18].
Clause 4.1.8.3.7 also states that elements that are not part
of the SFRS should not be used to resist earthquake
deflections. As the capacity and stiffness of gypsum
wallboard and stucco degrade more rapidly than walls
with wood panels in a seismic event, they should not be
accounted for in the calculation of the lateral drift of the
building.

3 DYNAMIC ANALYSIS
Utilizing Linear Dynamic Analysis (LDA) for designing
steel and concrete structures under seismic load has been
common practice over the last 25 years. However,
performing a LDA for a conventional wood frame
structure has been, until recently, essentially non-existent
in practice. The biggest challenge is that the stiffness
properties required to perform a LDA for a wood-based
system are not as easily determined as they are for
concrete or steel structures. This is mostly due to the
complexities associated with determining the initial input
parameters required to perform the analysis. The use of
LDA could provide useful information and streamline
the design of wood frame structures. Some of the
benefits by using LDA include:
•
•
•
•
•

Quantifying effects of higher modes;
Better determine building deflections and drifts;
Allow for three-dimensional modelling;
Reduce the minimum torsional effect required by
NBCC under the equivalent static force procedure;
Better understand the response of structures with
vertical changes in stiffness, strength and ductility.

The following two steps could be used as a rational
approach for performing LDA for wood structures:
• Perform an initial analysis and design such that the
properties of each wall forming part of the lateral
load resisting system can be determined.
• Use the information obtained from previous step to
develop the analytical model used for the LDA. In
accordance with NBCC 2015, the design base shear
shall be the larger of the dynamic design force or
100% of static design force when dynamic analysis
is performed.
Initial design should determine the building seismic
forces using the equivalent static force procedure in
accordance with the NBCC. This should be followed by
determining the initial distribution of forces to each wall
based on an assumed distribution. Initial assumptions
could include assuming the diaphragm to be flexible, or
rigid with the stiffness of each wall assumed to be
proportional to the wall length, or a combination of the
two methods (envelope approach). Regardless, the
minimum design forces at this stage will need to be readjusted if the forces are found to be higher once the
LDA has been performed.
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3.1 MECH
HANICAL PR
ROPERTIES OF SHEAR
WALLS FOR LDA

da,i is the sum of vertical deforrmation at i-th storey due too
ng and anchorrage slip.
woood plate bearin

For the purpoose of the LD
DA, the methood for determinning
the physicaal properties of a shearr wall may be
represented as a standaard beam element
e
in most
m
commercial software [19
9]. Figure 1 shows a gen
neric
b
cross-sectionn of a wood--framed shearr wall. The basic
wood shearr wall sectiion includess the follow
wing
components:

Since the compoonent, b, is simply relateed to a shearr
walll’s bending stiffness at each storeyy. It can bee
reprresented in co
ommercial sofftware by bennding stiffnesss
EI. Based on Figgure 1, the bassic input values for a shearr
walll can be deterrmined as folloows:

•
•
•

Chord members (inn this case, wood postss in
compreession and conntinuous steel rods in tension)
Sheathiing (generally
y Plywood or Orientated Strrand
Board) on one or twoo sides
Nailingg (perimeter naail spacing / innterior nailing
g)

(8)

b=L

teq =

12I
L3

(9)

E = Ec

(100)

wheere b and teq is
i the depth and
a width of tthe equivalentt
beaam, respectively.
Forr shear walls with discrete hold-downs (as shown inn
Figuure 2), woodd end studs at both endss of the walll
provvide the ressistance to the
t
overturniing moment..
Theerefore, the moment
m
of innertia can bee obtained ass
folllow:

Figure 1: Crooss section of woood-frame sheaar wall

The equivaleent beam prop
perties in term
ms of teq, L, E, and
G, can be determined
d
by
y establishingg the equivaleency
between the standard beam
m element annd the inter-storey
deflection off a stacked muulti-storey sheear wall. Based on
2014 edition of CSA O86,, the inter-storrey deflection of a
stacked mullti-storey sheaar at i-th stoorey wall can
n be
determined bbelow:

 i =  b,i +  s ,i +  n,i +  a ,i +  r ,i

I=

ALc
2

2

(111)

wheere A is the cross
c
section of end studs and Lc is thee
disttance between
n the centres of
o the end studds.

(3)

where b,i is the deflection
n of i-th storey due to bendding,
s,i is the defflection of i-thh storey due too panel shear,, n,i
is the deflecttion of i-th stoorey due to nail slip, a,i iss the
deflection off i-th storey due
d to wood plate
p
bearing and
anchorage sliip, and r,i is the
t deflectionn of i-th storeyy due
to rotation att the bottom of the shear waall.
Figu
ure 2: Discretee hold-downs inn a shear wall

The terms in Equation (3) are expressedd as follows:
3

2

 b ,i =

MH
Vi H i
+ i i
3( EI ) i 2( EI ) i

(4)

 s ,i =

Vi H i
L i Bv ,i

(5)

 n,i = 0.0025H i en ,i

(6)

Hi
d a ,i
Li

(7)

 a ,i =

where Mi is the overturninng moment att level i, Hi iss the
I)i is the effecctive
height of sheear wall at i-tth storey, (EI)
bending stifffness of sheaar wall at i-thh storey, Li iss the
length of shhear wall at i-th storey, Bv,i is the shhearthrough-thickkness rigidityy of wall paneels at i-th stoorey,
en,i is the naail deformationn for shear wall
w at i-th stoorey,

Whhere a continu
uous rod in lieeu of discrete hold-down iss
used in a shear wall,
w
the tension and comprression forcess
ning moment will be ressisted by thee
duee to overturn
conntinuous steel rod and woo
od end studs (as shown inn
Figuure 1), respeectively. As a result, thee transformedd
bennding stiffnesss of the shear wall
w below shhould be used:

Et
Ec

(122)

At ,trr = At  n

(133)

n=

ytr =

Ac  Lc
At ,tr + Ac

(144)

I tr = At ,tr  ytr + Ac Lc  ytr 
2

2

(155)
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The above input parameters need to be further adjusted
to take into consideration the component ∆a, which is
caused by two components: 1) the bearing deformation
due to wood plate in compression, and 2) anchorage slip
in tension. This can be done by adjusting the modulus of
elasticity of shear wall boundary members in
compression and tension. For boundary members in
compression, the total deformation of the boundary
members can be obtained as follows:

 compression =

Tc  H // Tc  H 
+
Ec // Ac
Ec Ac

(16)

Ec ,eq

Based on established beam theory, the shear deformation
for a beam can be calculated as follows:

1.2VH 1.2VH
=
G p A G p Lt p

v =

where Tc is the compression load, Ac is the cross section
of boundary member in compression, Ec// is the modulus
of elasticity parallel to grain, Ec is the modulus of
elasticity perpendicular to grain, H// is the length of
boundary member with grain parallel to the applied load
(end studs), and H is the length of boundary member
with grain perpendicular to the applied load (top and
bottom plates). The equivalent modulus of elasticity for
boundary members in compression, Ec,eq, can be written
as:

( H // + H  ) Ec  Ec //
=
H // Ec + H  Ec //

The shear deformation of a wood shear wall as shown in
Figure 3 is related to two components. The first
component, s, accounts for the linear shear deformation
of the plywood panel. The second component, n,
accounts for the shear deformation due to nail slip. As
the nail slip is not linear and is often a large contributor
to the overall deformations, iteration is required until the
shear force on the nail is converged.

(20)

where Gp is the shear modulus used in LDA, and tp is the
plywood panel thickness.

∆v
V
Vn
S

(17)

H

Bv

Similarly for boundary members in tension, the total
deformation of the boundary members can be obtained
as follows:

 tension =

Tf  H s
Et At

+

Tf
Tr

d max

Figure 3: Shear deformation

where Tf is the tension load, At is the cross section of
boundary member in tension, Hs is the length of
boundary member in tension, Et is the modulus of
elasticity, which is the modulus of elasticity of end studs
for discrete hold-downs or the modulus of elasticity of
steel rod for continuous steel rod system, Tr is the
anchorage factored tensile resistance, and dmax is the
maximum anchorage slip (for discrete hold-downs) or
maximum plate crushing (for continuous steel rod) at
anchorage capacity. The value of dmax is generally
available from test data and is often published within
product catalogues. The equivalent modulus of elasticity
for boundary members in tension, Et,eq, can be written as:

Et ,eq

Hs
=
⎛ H s At
⎞
⎜⎜
+ d max ⎟⎟
E
T
r
⎝ t
⎠

L

(18)

(19)

By using Ec,eq and Et,eq in place of Ec and Et in Equation
(12), the effects of elongation due to bearing and
anchorage system are now accounted for and can
represent the flexural stiffness required for an LDA.
Each of these equations can easily be incorporated into a
spreadsheet as part of the preliminary design such that
the required input values for an LDA can quickly be
determined.

By equating Equation (20) to Equations (5) and (6), it
results in the following:

1.2VH VH
=
+ 0.0025Hen
G p Lt p LBv

(21)

The corresponding shear per nail, Vn can be calculated as
follows:

vn =

V
s
L

(22)

Therefore, the Gp can be obtained as follow:

Gp =

1 .2
e st ⎞
⎛ tp
⎜⎜ + 0.0025 n p ⎟⎟
vn ⎠
⎝ Bv

(23)

The value of Gp used in LDA can be further adjusted to
the input thickness, teq, by multiplying Equation (23)
with tp/teq. Therefore, it becomes:
Gp =

1.2
e st
⎛ tp
⎜⎜ + 0.0025 n p
vn
⎝ Bv

tp
⎞ teq
⎟⎟
⎠

=

1.2
⎛ 1
e s ⎞ (24)
t eq ⎜⎜ + 0.0025 n ⎟⎟
vn ⎠
⎝ Bv
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To summarize, once a preliminary design has been
performed to establish the properties of a shear wall
including hold-downs, nailing, and panel thickness for
each storey (Figure 1), the following input parameters
representing a beam can be used to determine the
flexural and shear stiffness of a shear wall in a linear
dynamic analysis:

b=L

teq =

(25)

12 I tr
L3

(26)

E = Ec ,eq
G=

1.2
e st
⎛ tp
⎜⎜ + 0.0025 n p
vn
⎝ Bv

(27)
tp
⎞ teq
⎟⎟
⎠

=

1.2
⎛ 1
e s⎞
t eq ⎜⎜ + 0.0025 n ⎟⎟
vn ⎠
⎝ Bv

stiffness of the diaphragm and the stiffness of the
vertical LLRS.
The Design Load Standard of the American Society of
Civil Engineering ASCE 7-10 provides both prescriptive
and calculation-based methods for classifying the
diaphragms. According to these specifications,
diaphragms constructed of steel decking or wood
structural panels without concrete topping (plywood or
OSB) may be idealized as being flexible when (i) the
vertical lateral load-resisting elements are steel or
composite steel and concrete braced frames, or (ii)
concrete, masonry, steel or composite shear walls, or (iii)
in light wood-frame construction where the nonstructural concrete topping is no greater than 38 mm.

(28)

4 DIAPHRAGM CLASSIFICATION
Diaphragms in buildings carry the vertical dead and live
loads, but also transfer the lateral loads imposed by wind
and seismic action to the components of Lateral Load
Resisting System (LLRS) below. When transferring
lateral loads, diaphragms rely on their in-plane strength
and stiffness to transfer the imposed loads.
Consequently, their strength and stiffness properties
have an impact on how the lateral forces will be
transmitted to the structure below. Also, in-plane
stiffness of the diaphragms affects the overall
characteristics of the building and its response to both
wind and seismic forces. Whether a diaphragm can be
treated as flexible, rigid, or somewhere in between
(semi-rigid), depends on the in-plane stiffness of the
diaphragm relative to the stiffness of the vertical LLRS
that carries the lateral loads (transferred by the
diaphragm) to the foundation. Classification of the
diaphragm into one of the three categories is important
in selecting a method for its design.
At the present time, there are no criteria for classifying
the diaphragms as rigid or flexible, neither in the 2015
NBCC nor in 2014 CSA O86. However, there are some
guidelines on diaphragm flexibility included in ASCE 710 [20], ASCE 41-06 [21] and its successor ASCE 41-13
[22]. In these documents, it is recommended that a
diaphragm may be classified as flexible when the
maximum horizontal deflection of the diaphragm at the
mid-span is more than twice the average inter-storey
drift of the vertical lateral-force-resisting elements of the
storey immediately below the diaphragm (Figure 4). On
the other hand, the diaphragm may be considered to be
rigid if the maximum diaphragm deflection is less than
half the average inter-storey drift in the storey below.
Diaphragms that are neither flexible nor rigid are
classified as being semi-rigid (stiff) and the response of
the structure in such a case should be based on an
analysis that takes into account both the in-plane

Figure 4: Flexible diaphragm criterion according to ASCE 710

In the case of wood-frame buildings, it is proposed that
the initial distribution of lateral forces to the shear walls
be on the basis of an assumed flexible diaphragm. Next,
it is suggested that lateral forces be distributed on the
basis of a rigid diaphragm, including the effects of
torsion. For mid-rise wood-frame construction, it is
recommended that all walls be designed for the envelope
forces of the flexible and rigid diaphragm assumptions.

5 CAPACITY-BASED DESIGN
The concept of capacity design is of major importance in
seismic design. Capacity design is widely used for
seismic design of concrete, steel and masonry structures
throughout North America and around the world and it is
only recently that it made some inroads into the
standards related to wood buildings.
The capacity design approach is based on the simple
understanding of the way a structure sustains large
deformations under severe earthquakes. By choosing
desirable deformation modes of the SFRS, certain parts
of it are chosen (and suitably designed and detailed) for
yielding and energy dissipation under the imposed
deformations [23]. These critical regions of the SFRS,
often called “plastic hinges” or “dissipative zones”, act
as dampers to control the force levels in the structure.
All other structural elements are designed not to yield
and are protected against actions that could cause failure,
by providing them with strength (capacity) greater than
that corresponding to the development of probable
strength in the potential plastic hinge regions.
In timber structures, the failure of wood members in
tension or bending is not favourable because of brittle
characteristics.
Consequently,
all
non-linear
deformations and energy dissipation in wood structures
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should occur in the connections. The main procedural
steps for capacity based design of wood structures are as
follows:
1. Based on the SFRS, a kinematically acceptable
plastic mechanism is to be selected for the
structure. The connections, elements, or assemblies
that will act as plastic (dissipative) regions (hinges)
within the structure are to be clearly defined. The
chosen yielding mechanism should be such that the
necessary displacement ductility can be developed
with the inelastic behaviour in these regions.
2. The dissipative (plastic) regions within the structure
are then designed to have their factored resistance
as close as practical to the required demand (design
force). Subsequently, these parts are carefully
detailed to yield in a ductile manner and to ensure
that the estimated ductility demands can be reliably
accommodated.
3. Undesirable failure modes within the plastic
regions are inhibited by ensuring that the strengths
of these modes will exceed the demand required to
develop the plastic hinge at its overstrength.
4. Components of the structure not suited for energy
dissipation are protected by ensuring that their
strength exceeds the demands originating from the
overstrength of the plastic hinges. Therefore, these
regions are designed to remain elastic irrespective
of the intensity of any ground shaking or the
magnitudes of inelastic deformations that may
occur in the plastic hinges.
5.1 CSA O86 PROVISIONS RELATED TO
CAPACITY DESIGN OF WOOD-FRAME
BUILDINGS
Clause 9.8 “Seismic design considerations for shear
walls and diaphragms” was added to the 2009 edition of
the CSA O86 [24] as a first step towards introducing
capacity-based design for wood-frame structures. The
design requirements were developed by taking into
account the current practices adopted by the design
community, lessons learned from the seismic
performance of wood-frame structures from past
earthquakes and observations from full-scale shake table
tests. Wood-frame shear walls and diaphragms resist
lateral forces through the ductile yielding of nails that
connect panel sheathing to framing members, as
demonstrated during numerous cyclic tests or shake table
tests. The findings of a review of the past seismic
performance of platform wood-frame structures across
North America [25] showed that the objectives (i.e.,
prevention of structural collapse to ensure life safety) of
the seismic design have been achieved and that the very
few observed failures were mainly related to a soft and
weak storey mechanism that developed at the first storey
of multi-storey buildings due to large openings, such as
garages.
To ensure adequate performance of the structural system
during an earthquake following capacity design
principles, the design loads on critical system
components and force transfer elements were increased.
Based on test data from quasi-static tests on shear walls,
as well as from the numerous shaking table tests around

the world, the current design practice for anchor bolts
and hold-downs has provided satisfactory wall
performance. To further reduce the likelihood of failures
in critical force transfer elements, it is required that
anchor bolts, inter-storey connections resisting seismic
shear forces and hold-downs resisting seismic uplift
forces be designed for seismic loads that are at least 20%
greater than the force that is being transferred. The intent
is to ensure that the desired ductile nail yielding is
achieved throughout the structure without any failure in
the hold-downs and shear transfer connections [26].
Furthermore this Clause identifies over-capacity
requirements for the vertical SFRS in structures with
three or more storeys, in order to address the concern of
a soft-storey mechanism developing at the bottom storey.
The over-capacity coefficient Ci of the second storey of
the vertical SFRS is required to be between 0.9 and 1.2
times the over-capacity coefficient of the first storey of
the vertical SFRS. This is to ensure that non-linear
deformation begins to develop in the second storey soon
after it begins in the first storey, and that the response
and mode of vibration are consistent with design
assumptions. The concern regarding significant overcapacity in the second storey was that it might not yield
under an earthquake load, causing a soft-storey effect at
the first storey. On the other hand, if the second storey
was significantly weaker, it could start to yield without
transferring the forces to the first storey, creating a softstorey effect at the second storey. Findings from
dynamic analyses on 4-storey, platform-frame buildings
suggest that the first two storeys contribute the most to
the seismic response and energy dissipation of the
building [27, 28]. It is recommended, however, that the
C3/C2, C4/C3 and C5/C4 ratios also be checked if there are
up to six storeys in the building.
For diaphragms located in moderate and high seismic
zones (places where IEFaSa(0.2) according to NBCC is
0.35 or higher), loads on diaphragms are required to
respond to the over-capacity of the supporting SFRS.
The over-capacity requirements for the wood diaphragm
design depend on the type of vertical SFRS that the
diaphragm is on.
1. Wood Diaphragm on Wood Shear Walls
Where a wood diaphragm is supported on wood shear
walls, the seismic design force in the diaphragm at each
storey “i” is obtained by multiplying the factored seismic
force at storey “i” by an over-capacity coefficient CDi
that is equal to the lesser of 1.2 or Ci. It should be noted
that a wood shear wall may consist of a wood stud
system sheathed with wood-based panels, either alone or
in combination with GWB panels.
2. Wood Diaphragm on SFRS Other Than Wood
Shear Walls
In the case where a wood diaphragm is supported on an
SFRS other than a wood-based system, the vertical
SFRS should be designed in accordance with the
appropriate CSA material standards. Wood diaphragms
that are designed and detailed according to CSA O86 to
exhibit ductile behaviour and yield before the supporting
SFRS, should be designed for seismic loads determined
using the RdRo factors for the vertical SFRS. The seismic
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design load for the diaphragm, however, should not be
less than the load determined using RdRo = 2.0.
Where a wood diaphragm is designed not to yield and is
supported on a wood-based SFRS other than wood shear
walls, the seismic design force for the diaphragm should
be determined by multiplying the seismic force
corresponding to RdRo of the SFRS by a factor equal to
1.2 times the over-capacity coefficient CDi for the
applicable storey.
Where a wood diaphragm is designed not to yield and is
supported on a non-wood-SFRS, the seismic design
force in the diaphragm is multiplied by the over-strength
coefficient for the SFRS, determined on the basis of
capacity design in accordance with the applicable
material design standard.
For diaphragms that are designed not to yield, it is not
required for design forces on the diaphragm to exceed
the value of the factored seismic force at the storey
determined using RdRo = 1.3.
The above requirements are slightly modified for
structures in low seismic zones. In this case, diaphragm
force increases are calculated using an over-capacity
coefficient (ratio of the factored resistance of the SFRS
to the factored seismic shear load) equal to 1.0. For
wood diaphragms supported on wood shear walls, this
results in no increase in the diaphragm force. Diaphragm
chords, drag struts, connections and other load transfer
elements in structures in low seismic zones are required
to be designed using a force that is 20% higher than the
seismic design load on the diaphragm. Similarly,
connections and drag struts that transfer shear forces
between the segments of the vertical SFRS and the
diaphragm are to be designed for seismic loads that are
at least 20% greater than the shear force that is being
transferred. Parts of the diaphragm around wall offsets
are to be designed for seismic loads that are at least 20%
greater than the seismic design load of the offset SFRS.
Forces used for the design of force transfer elements
need not exceed the forces determined using RdRo = 1.3.

6 DESIGN OF PODIUM STRUCTURES
The term “podium structures” usually applies to several
storeys of wood-frame construction built over one or
more storeys of elevated concrete podium (Figure 5).

Figure 5: Typical podium building during construction

At the present time, neither the 2015 NBCC nor the 2014
CSA O86 explicitly provides any design guidelines for
podium buildings. Designers can choose between two
methods that implicitly cover podium buildings in
NBCC. First, as Linear Dynamic Analysis (LDA) is the
default approach in NBCC, designers may always use
this approach. The analytical model of the building
should include both the concrete and the wood portions
of the building, with their own strength and stiffness
properties. After the distribution of the linear shear
forces along the height of the building is obtained using
the Response Spectrum Analysis (RSA), the
corresponding RdRo factors for each storey of the
building may be used to determine the design shear
forces.
Secondly, the NBCC's equivalent static procedure may
be used. In this common design practice for podium
buildings, the seismic interaction of the concrete and
wood-frame building is virtually ignored. The wood
portion of the building is treated as a separate building
supported on the ground. The seismic shear forces and
overturning moments associated with the wood-frame
building are then applied to the concrete slab below in a
manner similar to that of gravity loads, using the
specified minimum torsional effects given in the code.
The rationale behind this approach is the large difference
between the stiffness of the wood shear walls and
diaphragms in the upper portion versus that of the
concrete walls/slabs in the lower portion. Also, this
rationale has generally been in line with the assumption
that the smaller point or line loads from the
superstructure will have no significant effect on the
strong and stiff concrete podium below (e.g., 8-12" thick
concrete shear walls).
Some provisions along these lines referred to as the
Two-stage Analysis Procedure have been included in the
2010 edition of ASCE-7 in the U.S. (Figure 6). ASCE-7
Clause 12.2.3.2 states that a two-stage equivalent lateral
force procedure may be used for structures having a
flexible upper portion above a rigid lower portion,
provided that the design of the structure complies with
all of the following:
a. The stiffness of the lower portion must be at least
10 times the stiffness of the upper portion;
b. The period of the entire structure must not be
greater than 1.1 times the period of the upper
portion considered as a separate structure supported
at the transition from the upper to the lower
portion;
c. The upper portion must be designed as a separate
structure using the appropriate values of R and ρ;
d. The lower portion must be designed as a separate
structure using the appropriate values of R and ρ.
The reactions from the upper portion must be those
determined from the analysis of the upper portion
amplified by the ratio of the R/ρ of the upper
portion over the R/ρ of the lower portion. This ratio
must not be less than 1.0;
e. The upper portion is analysed with the equivalent
lateral force or modal response spectrum procedure,

WCTE 2016 e-book | 5318

and the lower portion is analysed with the
equivalent lateral force procedure.
In the clauses above, R is the response modification
coefficient for the structural system specified in ASCE7,
while ρ is a redundancy factor for the structural system
based on the extent of structural redundancy present in a
building. The redundancy factor is a value that ranges
from 1.0 to 1.3. For a podium building that has woodframe shear walls at the top and concrete shear walls in
the podium, a value of ρ = 1.0 can be justified for both
parts of the building, as long as there is adequate length
of shear walls to take the seismic loads, and the building
is not irregular. More details about the over-strength
factor are provided in Section 12.3.4 of ASCE7 10. For
Canadian purposes, the value of R may be substituted
with the product of RdRo for each respective SFRS, e.g.,
5.1 in the case of the wood-frame portion of the building.

Figure 6: Two-stage analysis procedure according to ASCE 710

7 SUMMARY
The 5- and 6-storey wood-frame construction is
permitted in the 2015 edition of the National Building
Code of Canada (NBCC). To facilitate the design and
construction of mid-rise wood-frame construction in
Canada, this paper provides information on
determination of the building period, linear dynamic
analysis of wood-frame structures, diaphragm
classification, capacity-based design for wood-frame
structures, and design of wood-frame buildings on
concrete podiums. The information provided in this
paper is anticipated to be instrumental for the seismic
analysis and design of mid-rise wood frame construction.
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EVALUATION OF SEISMIC PERFORMANCE OF MORTAR FINISHING
EXTERNAL WALL WITH VENTILATION SPACE
Masato Na ao1, T rusato Inou

2

and Ka uhiro Ina a i3

ABSTRACT: This research project was conducted to evaluate the seismic performance of the mortar finishing external
wall with ventilation space. Firstly, basic mechanical characteristics of the wall element were examined through single
shear test of staple and tensile test of mortar element specimens. Secondly, incremental FEM analysis of typical mortar
finishing external wall with two openings using the results of the single shear test and the tension test was conducted. It
was found that the maximum shear force of the mortar finishing external wall is evaluated to be around 10kN/m even
with openings and also found that a decrease in the shear force is relatively small even degradation of staple occurs. It is
considered that mortar finishing external wall is applicable for seismic retrofitting.
KEYWORDS: Mortar, External wall, Staple, Metal lath, degradation, single shear test, tension test

1 INTRODUCTION i12
Mortar finishing external wall is one of a typical external
wall for wooden houses in Japan. It is constructed using
sophisticated plasterer’s technics, which is able to be
given various textures on the surface.
The mortal finishing external wall shows good fire
resistant performance and seismic performance, however,
not a few lath mortars of the external walls fell off under
earthquake motions in the past. The reasons for the
falling off of the lath mortar were use of inadequate
materials, decay of timber, corrosion of metal materials,
etc.
To improve its durability and prevent falling off of the
lath mortar, ventilation method for the mortar finishing
external wall as shown in Figure 1 has been introduced.
With the ventilation space, since moisture is vented out
of the wall, it is able to be kept dry.
This research project was conducted to evaluate the
seismic performance of the mortar finishing external
wall with ventilation space. There were several
experimental researches on seismic performance of
mortar finishing external walls in the past, but most of
the external wall specimens had no ventilation space.
The shear resistant performance of the past specimens
was as good as conventional shear walls such as bracing
or nailed plywood. It is expected that the mortar
finishing external wall with ventilation space also shows
good performance with proper materials. If the external
wall with ventilation space is authorized as a shear wall,
rational structural design will be realized. Furthermore, it
1

Masato Nakao, Yokohama National University, Japan
mnakao@ynu.ac.jp
2
Terusato Inoue, Japan Building Coating Material Association,
Japan
3 Kazuhiro Inagaki, Japan Building Coating Material
Association, Japan

will be a useful
rehabilitation.
Inside
Outside
Staple

Mortar

seismic

element

for

seismic

Column
Sheathing
membrane
Ventilation
space

Metal lath
Asphaltic felt
Nail
Column
Furring strip

Wooden lath

Glass fiber net

Figure 1:

ortar inishing e ternal all ith entilation space

2 SINGLE SHEAR TEST OF STAPLE
2.1 SPECIMEN AND TEST METHOD
Mortar element specimen whose size is 160mm X
160mm as shown in Figure 2 was prepared to examine
basic mechanical characteristics of the lath mortar. The
specimen of 910mmX1820mm was manufactured first
and it was cut into 160mmX160mm specimen. Three
types of specimen were prepared as shown in Table 1.
No.1 consists of W700-06 metal lath and L1019J staple.
Metal lath and staple of No.2 are W1050-06 and
L0719M. For No.3, metal lath is stainless W700-06 and
staple is also stainless L1019JS. Properties of metal lath
and staple were shown in Table 2 and Table 3. Mortar
used for the specimen is light weight mortar which is
conformed to JASS15 M-102(JASS: Japanese
Architectural Standard Specification by Architectural
Institute of Japan). The thickness of the mortar was
approximately 15mm. The material test was performed
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160mm

as shown in Picture 1, and the strengths are listed in
Table 4. The mortar was plastered twice, namely
primcoating and finish coating, the strengths are about
the same. Glass fiber net was applied on the surface of
mortar to avoid shrinkage crack and wall coating was
also applied on the top. The properties are listed in Table
5.
Coating
Glass fiber net
Mortar
160mm
Metal lath
Asphaltic felt
Wooden lath
Staple

15mm 12mm
Figure 2:

ortar element specimen

Table 1: ist o mortar element specimen
Metal lath
No.1 Wavy lath W700-06 (Galvanizing)
No.2 Wavy lath W1050-06 (Galvanizing)
No.3 Wavy lath W700-06 (Stainless)
Table 2: roperties o metal lath
Metal
Weight
Mesh
lath
(g/m2)
(mm)
W700-06
700
3216
W1050-06
1050
3215
W700-06
700
2714
(Stainless)

Staple
L1019J
L0719M
L1019JS

Height of wave
(mm)
6
6

It is important to evaluate the effect of rusting of metal
lath and staple because mortar finishing external wall
suffer external degradation force such as storm, solar
radiation, etc. In this research, focusing on corrosion of
steel material such as metal lath, staple, accelerated
degradation of the mortal element specimen was done
and single shear test of staple was conducted. Decay of
wooden member was not considered.
For the accelerated degradation, the mortal element
specimen was placed in a container where water was at
the bottom as shown in Picture 2 and the container was
put into an oven as shown in Picture 3 where the
thermostat was set to 60 ºC. The temperature and
humidity in the container were approximately 60ºC and
100% respectively. The period of the accelerated
degradation was one, two and three weeks in addition to
no degradation one. Six specimens were prepared for
each case. After the accelerated degradation, there was
rust on the tip of the staple as shown in Picture 4. As the
degradation period increases, the amount of the rust
increases.
For the single shear test of staple, the element specimen
was fastened to the test apparatus as shown in Figure 2,
and cyclic shear displacement was applied to wooden
lath as shown in Figure 3. The number of repeated
displacement on one displacement stage was three. The
direction of the shear force was parallel to the grain.
Water content of wooden lath of the element specimen
was around 15% and age of light weight mortar was over
60 days when the test was conducted.

6

Table 3: roperties o staple
Width
Length Shank diameter
(mm)
(mm)
(mm)
L1019J 11.22
19.08
0.621.15
L0719M
8.55
18.90
0.921.27
L1019JS 11.22
19.07
0.581.15

Picture 2:

ortar element specimen in stainless container

Picture 3: tainless container in o en
Picture 1: aterial testing o mortar
Compression an split tension test
Table 4:

aterial strength o mortar
Primcoating
Compressive strength (N/mm2)
11.03
Tensile strength (N/mm2)
1.08

Table 5: lass i er net an all coating
Glass fiber net
5mmX5mm mesh
Thin coating for external
Wall coating
facing type E
JIS: Japanese Industrial Standards

Finish coating
9.87
1.04

150g/m2
JIS A 6909

Picture 4: taple a ter accelerate

egra ation
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2.2 TEST RESULT
Typical relationships between shear force and
displacement were shown in Figure 4. Due to the
repeated displacement, it is found that stiffness declined
and cut-off or pull-out of the staple was occurred. The
failure mode of No.1 and No.3 is cut-off of staple while
the one of No.2 is pull-out of staple when there is not
degradation. After degradation, the failure mode of No.2

Wooden
ラス下地板lath
ステープル
Staple

Mortar
モルタル

Displacement (mm)

Figure 2: ingle shear test o staple
25
20
15
10
5
0
-5
-10
-15
-20
-25

transfers to cut-off of metal lath and cut-off of staple
because the pull-out strength of staple increased due to
appearance of rust on staple. Picture 5 shows these
failure modes. Figure 5 shows the number of specimens
corresponding to each failure mode.
Figure 6 shows skeleton curves of all specimens. It is
found that degradation decreases ultimate displacement
on No.1 and increases the maximum shear force on No.2
while no change was detected on No.3. From the result
of No.3 specimens, it was confirmed that there is no
degradation on stainless even under high temperature
and high humidity atmosphere. Moreover, it was also
confirmed that even once wood absorbs water under high
humidity atmosphere, the mechanical characteristic
recovers after drying.
Figure 7 shows secant shear stiffness which was derived
from the shear force at 5mm, maximum shear strength
and ultimate displacement which is defined as the
displacement where the shear force declined to 80% of
maximum shear force. These values are averages of six
specimens in the same case.
The figure also shows shear stiffness and maximum
shear strength increases after the accelerated degradation
on No.2 due to appearance of rust on the staple. As for
No.1, the ultimate displacement decreases as the period
of degradation increases. It is considered that the reason
is decreasing in shank diameter of staple.
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3

TESION TEST OF MORTAR
ELEMENT SPECIMEN

-shaped transducers were attached to the pieces of
plates which were glued to the surface. The displacement
measured by the transducers was relative displacement
between upper and lower portions of the specimen when
the tensile load was applied. There were two types of
loading according to the direction of mesh of metal lath,
namely vertical direction and lateral direction as shown
in Figure 8.

3.1 SPECIMEN AND TEST METHOD
Using the mortar element specimens which are same as
the specimen in a single shear test of staple, in-plane
tension test was conducted to examine the relationship
between the tensile force and the displacement of lath
mortar.
To apply a tensile force to the specimen, two notches
were provided in the middle of the specimen. Using the
loading apparatus which has edges, tensile force was
applied to the specimen as shown in Picture 6. Because
screws were not able to use on the surface of lath mortar,

Picture 6: ension test o mortar element specimen

a Cut-o o staple

ull-out o staple
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3.2 TEST RESULT

Picture 9: ension test o glass i er net
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Figure 9:
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Picture 10:
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5
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When the tensile load was applied on the vertical
direction, lateral crack has appeared on the front and
back surfaces at 0.2mm as shown in Picture 7. When the
displacement was less than 1mm, the displacement was
restored to approximately zero after unloading. Residual
deformation remained over 1mm as shown in Picture 8.
The reason is considered that the glass fiber net yields
around at 1mm. Picture 9 shows tension test of glass
fiber net only. Figure 9 shows relationship between the
tensile force and displacement of the glass fiber net. It is
found that the tensile force declined over around 1mm.
Finally, width of the crack was expanded as shown in
Picture 10.
Tensile force-displacement relationship is shown in
Figure 10. Effect of glass fiber net on tensile force was
relatively large. To examine the tensile force carried by
glass fiber net, glass fiber net was cut before the test on
some specimens. In the case of vertical direction of No.1
specimen, maximum tensile forces were approximately
2.5kN with net. When the net was cut before the test,
maximum force was about 1kN without net. It is found
that metal lath carries 1kN and the net carries 1.5kN.
There was not any remarkable difference between types
of metal lath on maximum force. However, as for No.2,
the initial force where the displacement begins to
increase is higher than other types of specimen. The
reason is considered that the weight of the metal lath
used in No.2 specimens is 1.5 times compared to the one
of No.1.
For lateral direction, tests were conducted using the
specimen with cut glass fiber net. The failure mode of
the specimen with a glass fiber net was shear failure at
the notch instead of tensile failure because tensile
strength of lateral direction of metal lath was much
higher than the one of vertical direction. Figure 11 shows
tensile force-displacement relationship on lateral
direction. It is found that metal lath carries a tensile force
approximately three times as much as the one in the case
of vertical tensile force.

No.1_without
net
仕様1_ネット切
仕様1_ネットあり
No.1_with
net
仕様2_ネット切
No.2_without
net
仕様３_ネット切
No.3_without
net

4
3
2
1
0
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1
2
3
4
Displacement (mm)

5

Figure 10: ensile orce- isplacement relationship on ertical
irection
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Figure 11: ensile orce- isplacement relationship on lateral
irection

4 INCREMENTAL ANALYSIS
4.1 ANALYSIS MODEL
Incremental FEM analysis of typical mortar finishing
external wall with two openings as shown in Figure 12
was conducted using results of the single shear test and
tension test of mortar element specimen. FEM analysis
models of the static shear loading test specimens were
built using material testing data, and static non-linear
incremental analysis was conducted.
Components of the analysis model are shown in Figure
13 where it consists of three layers, a wood frame,
wooden laths and lath mortar. A layer of wood frame
consists of a beam element and column elements which
take into account axial stiffness and flexural rigidity. The
top ends of column elements are connected to the beam
element where the joints are pin. Stud was omitted
because its flexural rigidity is too low to affect the result.
Sill was also omitted because the bottom ends of column
elements were restricted as pin directly. The second
layer which represents wooden laths is composed of
beam elements. Young’s modulus of the beam was
10kN/mm2 while the one of the column and wooden lath
was 7kN/mm2. Lath mortal layer, the third layer, is
modelled as elastic wall elements which take into
account axial stiffness, flexural rigidity and shear
stiffness. The young’s modulus was 5.3kN/mm2
considering the material testing data.
The first layer and the second layer, namely a layer of a
wood frame and a layer of wooden laths, are connected
by non-linear spring elements which represents 65mm
long nails. Another spring elements which represent
staples connect the second layer and the third layer,
namely a layer of wooden laths and a layer of lath mortal.
The shear force-displacement relationship model of
65mm long nail is shown in Figure 15. As for staple,
shear force-displacement models of three staple types,
namely 1019J, 0719M and 1019JS, were prepared as
shown in Figure 16, 17 and 18 respectively. There are
two models before degradation and after three weeks’
degradation in each type. For 1019JS(stainless), the
models of before and after degradation are the same
because no decrease in shear force was detected on a
single shear force. Axial stiffness of the non-linear
spring model of nail and staple was rigid. Some 65mm
long nails were concentrated on one spring element to

reduce degrees of freedom of the analysis model. As for
staples, one spring element represents some staples as
well.
Compressive, tensile and shear failure of lath mortar
affects the shear strength of mortar finishing external
wall greatly. Therefore, non-linear springs were arranged
between wall elements which express compressive,
tensile and shear failure of mortar as shown in Figure 14.
Failure of lath mortal was observed around opening in
the static shear loading test[1], so spring elements were
arranged along the line from the corner of opening to the
edge of lath mortal. Length of the spring element was
defined as 5mm, compressive stiffness was calculated to
be equal to Young’s modulus(5.3kN/mm2) as shown in
Figure 19. On the tension side, based on the tension test
result of mortar element specimen, tensile forcedisplacement relationship model was defined as shown
in Figure 20. As for the model, two models, namely
vertical and lateral direction, were prepared while the
type of metal lath was not considered. Test results shown
in the Figure are the ones of No.1 specimen. As for
vertical direction, the model was from the test with glass
fiber net. The model of lateral direction was defined
from the test without glass fiber net first, and the effect
of the glass fiber net was added. Compressive strength of
the spring element was defined as 10.0N/mm2 from
material testing result. As for shear strength of the spring
element, it was defined as 2.19N/mm2 from the double
shear test of the mortar specimen which contains metal
lath and glass fiber net.

Figure 12: ypical oo
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Wooden lath
Beam
Column
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Analysis with three types of staple was conducted and
the case of after degradation was also performed. Figure
21 shows ultimate global deformation of the analysis
model. There was no remarkable difference in the
deformation mode concerning the type of staple.
Relationship between shear force and displacement
obtained from the analysis with L1019J staple is shown
in Figure 22. From the analysis, it was found the
maximum shear strength of the model before
degradation is approximately 50kN while the one after
degradation is the same level. However, the remarkable
decrease in shear force starts around 60mm of story
displacement (2.2% of story drift) with the staple after
degradation while there is no remarkable shear force
deduction in the case with the staple before degradation.
When the deformation increases over 60mm, falling off
of lath mortal is expected with L1019J staple after
degradation.
In the case with L0719M staple, as shown in Figure 23,
there is no remarkable difference in shear forcedisplacement relationship between the cases before and
after degradation of staple. Considering the shear forcedisplacement relationship of the single shear test result,
it was expected that the shear force after degradation
increases in comparison with the one before degradation.
In this analysis, because degradation of N65 nail was not
considered, the effect of degradation of the staple on the
shear force is considered to be limited. Maximum shear
force is approximately 55kN, which is about 10% higher
than the one with L1019J staple.
Figure 24 shows the analysis result of the case with
L1019JS staple. Maximum shear force of this case was
approximately 50kN which is almost the same as the one
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with L1019J. Considering degradation of steel, using
stainless staple is effective in securing ductility and
prevention of falling off of lath mortal under large
earthquake.
It was found that the maximum shear force of mortar
finishing external wall is expected around 10kN/m even
with openings and also found that a decrease in the shear
force is relatively small even degradation occurs. It is
considered that using mortar finishing external wall is
applicable for seismic retrofitting.
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Focusing on the mortar finishing external wall with
ventilation space, basic mechanical characteristics of the
wall element were examined through single shear test
and tensile test of mortar element specimens.
On single shear test of staple, using mortar element
specimens whose size is 160mmX160mm were
manufactured and tested. The test was also conducted
using the specimen after accelerated degradation. It was
found that degradation affects shear force and the failure
mode in the single shear test of staple.
From tension test of mortar element specimen, shear
force-displacement relationship of lath mortar with glass
fiber net was obtained. There was a remarkable
difference concerning the direction of metal lath. The
effect of glass fiber net on shear force was remarkable.
Finally, incremental FEM analysis of typical mortar
finishing external wall with two openings using the
results of the single shear test of staple and tension test
of mortar element specimen was conducted. It was found
that the maximum shear force of the mortar finishing
external wall was evaluated to be around 10kN/m even
with openings and also found that a decrease in the shear
force is relatively small even degradation occurs. It is
considered that using mortar finishing external wall is
applicable for seismic retrofitting.
In this study, degradation was considered only for the
staple. Degradation of nail, metal lath and wood
members is needed to be considered for further study.
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MAXIMUM RESPONSE EVALUATION OF TRADITIONAL WOODEN
HOUSES BASED ON MICROTREMOR MEASUREMENTS
Mina Sugino1, Saki Ohmura2, Satomi Tokuoka3, Yasuhiro Hayashi4
ABSTRACT: The objective of this study is to propose the maximum response deformation evaluation method of
traditional wooden houses based on microtremor measurements and the amplitude dependency of natural frequency of
the houses. The equation of the amplitude dependency of natural frequency is based on the results of seismic
observation of traditional wooden houses, shaking table tests and static lateral loading tests of wooden frame specimens.
To confirm the accuracy of the proposed evaluation method, the maximum response deformation angle of the first story
of full scale specimens of shaking table tests is evaluated. It is found from the maximum response deformation angle
evaluation that increasing natural frequency is effective to reduce the maximum response deformation angle against
random waves but it is not effective against particular pulse-like ground motions.
KEYWORDS: Traditional wooden houses, Microtremor measurements, Amplitude dependency of natural frequency,
Maximum response deformation angle

1 INTRODUCTION 123
There are many traditional wooden houses forming
historical
townscapes
in
Japan.
Microtremor
measurements can be useful to evaluate seismic
performance of these houses easily because the
microtremor measurements are conducted without
destruction and in a short time. Although several
researches estimate the seismic capacity grade or the
yield base shear coefficient of the houses based on
natural frequency which is obtained from the
microtremor measurements, these researches do not
evaluate the maximum response deformation angle of
the houses against earthquake ground motions.
In our previous study [1], we have proposed the
amplitude dependency of vibration characteristics such
as natural frequency and damping ratio on the basis of
shaking table tests of wooden frame specimens.
Applying this amplitude dependency of vibration
characteristics into the response spectrum method [2, 3],
the maximum response deformation angle of the wooden
frame specimens against an input wave has been
estimated approximately.
1
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Nishikyo-ku, Kyoto, Japan.
rp-sugino@archi.kyoto-u.ac.jp
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In this paper, we develop the amplitude dependency of
natural frequency to be applicable for existing traditional
wooden houses and establish the maximum response
deformation angle evaluation method using the
microtremor measurements and the amplitude
dependency of natural frequency.

2 MAXIMUM RESPONSE
EVALUATION METHOD
In this chapter, we establish the maximum response
deformation angle evaluation method using the
microtremor measurements and the amplitude
dependency of natural frequency.
2.1 CONVERSION INTO EQUIVALENT SDOF
MODEL
First, traditional wooden houses are regarded as the two
degree of freedom models. The two degree of freedom
model is converted into the equivalent single degree of
freedom (SDOF) model. In this method, natural
frequency of the houses evaluated from the microtremor
measurements f0, the height of the first story and the
second story H1 and H2, the mass ratio m2 /m1 and the
amplitude ratio of the first mode u2 /u1 are needed. Note
that m1 and m2 are the mass of the first story and the
second story. u1 and u2 are the amplitude of the
eigenvector of the first mode at the first story and the
second story.
The equivalent height of the equivalent SDOF model He
is given by Equation (1).
H e=

H1 + (m2 / m1 )  (u2 / u1 )  ( H1 + H 2 )
1 + (m2 / m1 )  (u2 / u1 )

(1)
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2.2 EVALUATION OF MAXIMUM RESPOSE OF
EQUIVALENT SDOF MODEL

(2)

where the variables in the square bracket [] in the
equations means that they are used to calculate the
variables of the left side of the square bracket. R is the
deformation angle of the equivalent SDOF model. He is
defined by Equation (1) above regardless of R. fe is the
equivalent natural frequency. fe is expressed by the
amplitude dependency of natural frequency which is
shown in Equation (3) below.
f e [ R] / f 0 = b{a log10 ( R 10 3 ) + 1}

(3)

where a and b are the parameters of the amplitude
dependency of natural frequency and they are discussed
in the chapter three in detail. Fh is the reduction factor
expressed by Equation (4) on the basis of the previous
method [4].
Fh [he [ R ]] = (1 + 0.05α ) /(1 + he [ R]  α )

(4)

where α is the coefficient of input waves; α = 10 [4]
when input waves are random waves, α = π [5] when
input waves are pulse like ground motions. he is the
equivalent damping ratio expressed by Equation (5) on
the basis of the previous method [4].

{  

}

he [ R] = 0.05 + 0.2  1  1 / max R / R y ,1

(5)

where Ry is the yield deformation angle and Ry
=1/100rad in this study on the basis of the previous study
[6]. In the previous study [6], Ry was determined on the
basis of the earthquake observations of the traditional
wooden houses in Japan.
Acceleration response spectrum (damping ratio h=0.05)
Sa is calculated from input waves.
The equivalent natural frequency fe is calculated by
Equation (6) when fe satisfies Sa = Sae.
S ae [ f e [ Re max ], Re max ] = S a [ f e [ Re max ]]

(6)

The maximum deformation angle of the equivalent
SDOF model Remax is calculated by substitution fe into
Equation (3). The maximum response deformation of the
equivalent SDOF model Demax is calculated from
multiplication Remax and He shown in Equation (7).

Table 1: Details of full wall specimens

The maximum response deformation of the first story
and the second story D1max and D2max are expressed by
Equation (8).
D1max = u1 De max

, D2 max = u2 De max

(8)

where u1 is the participation vector of the first story,
u2 is the participation vector of the second story. u1
and u2 are given by Equation (9), (10).
1 + (m2 / m1 )  (u2 / u1 )
1 + (m2 / m1 )  (u2 / u1 ) 2

(9)

(u2 / u1 ) + (m2 / m1 )  (u2 / u1 ) 2
1 + (m2 / m1 )  (u2 / u1 ) 2

(10)

u1 =

u2 =

The maximum deformation angle of the first story and
the second story R1max and R2max are expressed by
Equation (11).
R1max = D1max / H1

, R2 max = D2 max / H 2

(11)

3 EVALUATION OF THE AMPLITUDE
DEPENDENCY OF NATURAL
FREQUENCY
3.1 AMPLITUDE DEPENDENCY OF NATURAL
FREQUENCY OF WOODEN FREME
STRUCTURE
In this section, we calculate the amplitude dependency of
natural frequency from the result of the static loading
tests of wooden frames with full walls (full wall
specimens). Three full wall specimens are used in this
study [7, 8]. The full wall specimens consist of columns,
cross beam, ground sills and walls. The elevations of the
specimens are shown in Figure 1 and the details of the
specimens are shown in Table 1.
The specimens are named in the following rules. The
initial character "F" means the full wall. The number
"12" means the section size of the columns (12cm). As
the type of walls, "#" means the mud plaster wall and "-"
means the wall of the dry mud panels. The last character
"N" means the specimen with the mud plaster wall
whose thickness is 60mm and the last character "T"
means the specimen with the mud plaster wall whose

900

2700

2700

900

Weight
Stiffness
Vertical
k 1/1000
Specimens
Thickness Specimens
Material
load
(mm)
(kN)
(kN) (kN/mm)
1820
1820
F12#12N Mud plaster
60
5.0
25.7
1.37
(a) F12#12N,F12#12T
(b) F12-12
F12#12T
Mud plaster
200
14.2
25.7
1.39
Figure
1:
Elevations
of
full
wall
specimens
F12-12 Dry mud panels
26
1.6
25.7
1.18
450

Wall

2.3 EVALUATION OF MAXIMUM RESPOSE OF
EACH STORY

600 600 600 600 300

S ae [ f e [ R ], R ] Fh [he [ R]] = (2π f e [ R]) 2 RH e

(7)

450

The maximum response deformation of the equivalent
SDOF model Demax is evaluated from the response
spectrum method [2, 3] which uses the equivalent
performance response spectrum Sae. Sae is calculated by
Equation (2).

De max = Re max  H e

(Unit : mm)
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f R / f1/1000 = k R / k1/1000

(12)

The amplitude dependency of natural frequency of the
static loading tests fR / f1/1/1000 is shown in Figure 2 (b).
k1/1000 is shown in Table 1. k1/1000 of the three specimens
are approximately the same although the maximum
restoring force and the shape of the restoring force
characteristics are different as Figure 2 (a). Figure 2 (b)
indicates that fR / f1/1/1000 do not differ so much around
R=1/100rad although fR / f1/1/1000 differs from
R=1/1000rad to R=1/100rad.
35

F12#12N
F12#12T
F12-12

30

P (kN)

25
20
15
10
5
0

0

0.02

0.04
0.06
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(a) Restoring force characteristics

Next, we establish the evaluation formula of fR / f1/1/1000
shown in Equation (13) on the basis of Figure 2 (b).
f R / f1/1000 = (b / 0.6)  {a log10 ( R 10 3 ) + 1}

1

F12#12N
F12#12T
F12-12
0.01

0.01

R (rad)

0.1

1

In this section, the amplitude dependency of natural
frequency of traditional wooden houses is evaluated
from the result of seismic observation, shaking table
tests and the result of section 3.1.
Figure 4 shows the amplitude dependency of natural
frequency fe / f0 which is calculated from seismic
observations of the three traditional wooden houses
located in Kyoto [10, 11] and the shaking table tests
results of the two-storied traditional wooden frame
structures [12].

0.6
F12#12N
F12#12T
F12-12

3

3.2 EVALUATION FORMULA OF AMPLITUDE
DEPENDENCY OF NATURAL FREQUENCY

0.8
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Figure 3: Comparison between the evaluation formula and the
experimental results of the amplitude dependency of natural
frequency of the full wall specimens
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Traditional wooden houses
in Kyoto
1

1

(13)

Figure 3 shows the comparison between the evaluation
formula of fR / f1/1/1000 in Equation (13) and the
experimental results of Figure 2 (b).
We determine the parameter a as a=-0.4 in Equation (13)
because the formula fits well to the experimental result
when a=-0.4. The parameter b is chosen as b=0.6. The
parameter b=0.5, 0.7 are used to express the dispersion
of the amplitude dependency of natural frequency of the
static loading tests fR / f1/1/1000. The application range of
the evaluation formula in this study is R=1/1000~1/10rad
because some of the specimens did not conduct the
experiment more than R=1/10rad.

fR / f1/1000

thickness is 200mm. Note that the dry mud panels are
precast panels made of clay, waste paper and wood [9].
The thickness of the dry mud panels are 26mm and the
dry mud panels are fixed to the crosspiece by screws.
The reversed cyclic loading in the horizontal direction is
conducted by increasing the amplitude of the
deformation angle. To prevent pullout of the columns,
the capital and base of each column are fixed with joint
metals and hold down hardware, and 25.7kN vertical
load is weighted on each specimen. The ground sills are
bound to a steel foundation with anchor bolts.
Deformation angle R of the full wall specimens is
calculated dividing the horizontal top displacement by
the height of the specimens (2.7m). In this study, R of
the positive direction is used. Restoring force P is
measured with load cells attached to the cross beam.
The secant stiffness kR at R and the secant stiffness k1/1000
at R=1/1000rad are calculated using the skeleton curve
of the restoring force characteristics as shown in Figure
2 (a). The amplitude dependency of natural frequency of
the static loading tests fR / f1/1/1000 is calculated using kR
and k1/1000 by Equation (12).

0.4

Two-storied traditional
wooden frame structures
fe /f0
=b{alog10(R *103)+1}
a=-0.4
b=0.7
b=0.6
b=0.5

0.2
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(b) Amplitude dependency of natural frequency
Figure 2: Restoring force characteristics and amplitude
dependency of natural frequency of full wall specimens

0
10-6

10

-5

0.0001 0.001
R (rad)

0.01

0.1

1

Figure 4: Comparison between the evaluation formula, the
observed and the experimental results of the amplitude
dependency of natural frequency
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The outline of the traditional wooden houses in Kyoto is
as follows [10, 11]. Two of the traditional wooden
houses have typical slender plans and their natural
frequency is f0=2.2, 2.7Hz in the ridge direction and
f0=5.3, 4.6Hz in the span direction. The other one
traditional wooden house is suburban style and natural
frequency is f0=6.4Hz at the weak axis and f0=7.4Hz at
the strong axis. The deformation angle R of the
traditional wooden houses calculated dividing the
maximum relative displacement by the height of the
houses. The maximum relative displacement is
calculated from the integration of acceleration
waveforms at the ground and at the roof frame. The
result of the both axes are used in Figure 4.
The outline of the two-storied traditional wooden frame
structures is as follows [12]. There are four types of twostoried traditional wooden frame structures and two
types are shown in Figure 5. Bn and Bw have the
columns which are separated from the first and second
story by large cross section beams. Cn and Cw have the
columns which pass straight through stories both ends of
the columns. Bw and Cw have the walls made of dry
mud panels both the first and second stories although Bn
and Cn have the wall only at the second story. Note that
Bn and Bw are made of the same wooden frames. Cn
and Cw are also the same wooden frame. All the
columns stand on the stones and are not fixed at all. The
specimens are composed of the two parallel two-storied
wooden frames combined by the binding beams,
structural plywood and stainless steel braces. There are
weights on the first and second floor and ceiling; 3.7kN,
19.6kN and 19.6kN. f0 of Bn, Bw, Cn, Cw are 1.3Hz,
2.3Hz, 1.3Hz, 2.5Hz, respectively.

In Equation (14), f1/1000 / f0 is equivalent to b and f1/1000 /
f0 means the degradation of natural frequency from f0 at
R=1/1000rad. Figure 4 indicates that f1/1000 of traditional
wooden houses is about 0.6 times compared to f0.
Therefore the parameter b is determined b=0.6 in this
study and the parameter a is determined a=-0.4 from
section 3.1. The parameter b=0.5, 0.7 can be used to
express the dispersion of the amplitude dependency of
natural frequency.

4 ACCURACY VERIFICATION AND
APPLICATION EXAMPLES
4.1 BASE SHEAR COEFFICIENT
In this section, we evaluate the base shear coefficient Cb
of the equivalent SDOF model from fe / f0 in Equation
(14). Note that we regard the deformation angle of the
equivalent SDOF model as R in Equation (14). In
Equation (15), Cb is calculated from the base shear
divided by the total weight.
Cb = µ (2π f e ) 2 RH e / g

(15)

where g is the gravitational acceleration, He is the
equivalent height in Equation (1) and µ is the equivalent
mass ratio in Equation (16) below.

µ=

me
{1 + (m2 / m1 )  (u 2 / u1 )}2
=
(m1 + m2 ) {1 + (m2 / m1 )  (u2 / u1 ) 2 }  (1 + m2 / m1 )

(16)

where me is the equivalent mass. Figure 6 shows Cb of
the equivalent SDOF model which is f0=3Hz, µ =0.9, He
=4.5m. Cb is calculated by substituting fe of Equation
(14) into Equation (15). RCbmax is the deformation angle
when Cb is the maximum shown in Equation (17).
Equation (17) is calculated from Equation (14), (15).

2400

RCb max = 10  ( 3+1/ a ) / e 2

(17)

2400

5590
270

where e=base of natural logarithm. As Equation (17)
indicates, RCbmax is determined only by the parameter a.
Cbmax is the base shear coefficient when Cb is the
maximum shown in Equation (18). Equation (18) is
calculated from Equation (14), (15), (17).
2

400 120

Cb max = f 0  ( µH e / g )  {4π a b(log 10 e) /e}2 10  ( 3+1/ a )
2730
3640

910

(a) Bn

2730
3640

910

(b) Cw

Cb [b=0.7]

Figure 5: Elevations of two-storied traditional wooden
frame structures (Unit:mm)

Cb [b=0.6]

Cb [b=0.5]

0.5
0.4

f e / f 0 = ( f1/1000 / f 0 )  ( f e / f1/1000 )
= b{a log10 ( R 10 3 ) + 1}

(14)

0.3 Cbmax

Cb

The equivalent natural frequency fe is evaluated from the
peak of an acceleration Fourier spectrum ratio dividing
the record on the top of the houses or specimens by the
ground. The amplitude dependency of natural frequency
fe / f0 is evaluated by Equation (14) from the result of the
seismic observation and the shaking table tests shown in
Figure 4.

0.2
0.1
0
0

RCbmax
0.02

0.04
0.06
R (rad)

0.08

0.1

Figure 6: Base shear coefficient Cb versus
deformation angle R [f0=3Hz, µ=0.9, He=4.5m, a=-0.4]

(18)
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In the previous study [11], Equation (19) below is
proposed from the regression of f0 and the yield base
shear coefficient Cy of six traditional wooden houses in
Kyoto.
2

C y = f 0 / 60

(19)

where Cy is calculated dividing the base shear at 1/30rad
by the total weight W. Note that base shear is calculated
from the summation of each load bearing element and
the total weight W is the weight higher from the half of
the first story.
The comparison between Cy versus f0 (Equation (19))
and Cbmax versus f0 (Equation (18)) is shown in Figure 7.
The investigation results of the 16 traditional wooden
houses in Kyoto [13] are also shown in Figure 7. The
result are both the ridge and span directions. Cbmax is
1.3~2.5 times larger than Cy according to b at the same f0.
One of the reason Cbmax is larger than Cy is that Cy in
Equation (19) is the value for design although Cbmax in
Equation (18) is the value calculated from the
experiments.
Figure 8 shows the relation between L1/W and f0 of the
16 traditional wooden houses in Kyoto [13]. L1 is the
total length of the full walls of each direction of the first
story, W is the total weight. Figure 8 indicates that there
is a correlation between L1/W and f0, and f0 will be higher
if we increase the amount of the walls.
Cbmax [b=0.6]

Cy=f02/60
Cbmax [b=0.7]

1

Cbmax [b=0.5]
Cy (Ridge direction)
Cy (Span direction)

Cy, Cbmax

0.8
0.6
0.4
0.2
0

0

2

4

f0 (Hz)

6

8

10

Figure 7: Yield base shear coefficient Cy and maximum base
shear coefficient Cbmax versus natural frequency f0
[f0=3Hz, µ =0.9, He=4.5m, a=-0.4]
0.14

Ridge direction
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0.12
0.1

0.08
0.06
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0

0

2

4
6
f0 (Hz)

8
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Figure 8: Total length of full walls of the first story divided by
total weight L1/W versus natural frequency f0
[f0=3Hz, µ =0.9, He=4.5m, a=-0.4]

4.2 ACCURACY VERIFICATION USING FULL
SCALE SHAKING TABLE TESTS
To confirm the accuracy of the proposed maximum
response deformation angle evaluation method, we
evaluate the maximum response deformation angle of
the first story R1max of traditional wooden houses of full
scale shaking table tests [14-17].
4.2.1 Overview of full scale shaking table tests
In this section, we describe the outlines of the full scale
shaking table tests of the traditional wooden houses [1417]; feature of the specimen, input waves and damage.
There are three specimens and they are named "Suburb
typical house", "Suburban typical house" and "Kyomachiya", respectively.
(A) Suburb typical house [14]
a) Feature of the specimen
The dimension of the plan is 10.91x5.45m. The cross
section of the columns and the beams are smaller than
Suburban typical house. The long side is the span
direction and the narrow side is the ridge direction. The
mud plaster is used as the walls, whose thickness is
80mm or 65mm.
b) Input wave
In this study, we use BCJ-L2 and JMA Kobe among the
input waves in the experiment.
BCJ-L2 is provided by the building center of Japan [18].
BCJ-L2 is a random wave which is likely (not the same)
to Design spectra in Japan. The shaking table was
excited one direction at each horizontal direction
separately. We use the result of 100% amplitude of the
displacement in the experiment.
JMA Kobe which is observed in 1995 Hyogoken-Nambu
earthquake was input at triaxial in the experiment. NS
direction wave is input in the long side and EW direction
wave is input in the narrow side. In this study, we
evaluate the result of each direction independently.
Ground acceleration of BCJ-L2 and JMA Kobe NS are
shown in Figure 9. Figure 10 shows the acceleration
response spectrum (damping ratio h=0.05) Sa versus
displacement response spectrum (damping ratio h=0.05)
Sd of two inputs. The equivalent performance response
spectrum Sae versus deformation R*He/Fh are also shown
in Figure 10. Note that the parameters of the amplitude
dependency of natural frequency are a=-0.4, b=0.6. The
parameter of Fh is α=10 when BCJ-L2 is input, α=π
when JMA Kobe is input. Three f0 (f0=2, 3, 4Hz) are
used to calculate Sae. Representative R (R=1/60, 1/30,
1/20 ,1/15, 1/10rad) is shown on Sae versus R*He/Fh.
Input waves in this evaluation are not the record on the
shaking table but from the original data [18] when BCJL2 is input, and the observed seismic ground motion
when JMA Kobe is input.
c) Damage
When BCJ-L2 100% was input, there were cracks on the
walls of the first story though there was no failure at the
wooden frame. The column base was also uplifted.
When JMA Kobe was input, many walls and columns
were damaged and the column base was also uplifted.
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(B) Suburban typical house [15]
a) Feature of the specimen
The dimension of the plan is 11.82x5.91m. The cross
section of the columns and the beams are larger than
Suburb typical house. The long side is the span direction
and the narrow side is the ridge direction. The mud
plaster is used as the walls, whose thickness is 80mm or
65mm.
b) Input wave
The same as (A) Suburb typical house.
c) Damage
When BCJ-L2 100% was input, there were cracks and
damages on the walls and the columns. The column base
was also uplifted. In JMA Kobe, many walls columns
were damaged and the column base was also uplifted.

0.6, 0.7. The coefficient of input waves is α = 10 when
BCJ-L2 is input, α = π when JMA Kobe is input.
2
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(C) Kyo-machiya [16, 17]
a) Feature of the specimen
The dimension of the plan is 12.87x6.14m. The long side
is the span direction and the narrow side is the ridge
direction. The mud plaster is used as the walls at the first
story, whose thickness is 65mm. The dry mud panels
with mud coating is used as the walls at the second story
b) Input wave
BCJ-L2 whose maximum ground acceleration is adjusted
4.0 m/s2 is used in this experiment. JMA Kobe is the
same as (A).
c) Damage
Before JMA Kobe excitation, there were slight damages
as cracks of the coating of the walls. When JMA Kobe
was input, many walls and columns were damaged and
the column base also moved.
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(b) JMA Kobe NS
Figure 9: Ground acceleration
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(a) BCJ-L2

4.2.2 Evaluation method
To evaluate the maximum deformation angle of the first
story R1max, the specimens are modelled as Table 2. f0 is
natural frequency which was obtained from the
mirotremor measurements before the shaking table tests.
H1 and H2 are the height of the first and second story, m1
and m2 are the mass of two degree of freedom models
which are converted from the weight of the specimens
for evaluating seismic force [14-17]. The amplitude ratio
of the first mode u2 /u1 is calculated as eigenvalue from
the mass ratio m2 /m1 and the stiffness ratio k2 /k1; k2 /k1 is
regarded the same as the ratio of the length of the walls
of the first story and second story L2/L1. The equivalent
height of the equivalent SDOF model He is calculated by
Equation (1). The equivalent mass ratio µ is calculated in
Equation (16). The parameters of the amplitude
dependency of natural frequency are a =-0.4 and b =0.5,
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Bold line : Sa(h=0.05)
Thin line : Sae(α=π)
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(b) JMA Kobe NS
Figure 10: Acceleration and displacement response spectrum
Sa - Sd , The equivalent performance response spectrum Sae
versus deformation R*He /Fh
[m2 /m,=1, u2 /u1=2, H1=H2=2.7m, b=0.6]

Table 2: Details and modelling of full scale specimens
Side
Suburb
typical house
Suburban
typical house
Kyo-machiya

Long
Narrow
Long
Narrow
Long
Narrow

f0

H1

H2

m1

m2

(Hz)
3.3
3.0
2.8
2.6
4.7
2.5

(m)

(m)

(ton)

(ton)

2.76

2.60

18.6

14.6

2.85

2.75

21.2

17.7

2.75

2.80

14.8

14.7

L 2/L 1 u 2/u 1
0.82
0.94
0.76
0.94
0.94
1.21

1.69
1.59
1.78
1.61
1.66
1.49

He
(m)
4.25
4.21
4.50
4.43
4.49
4.42

µ
0.93
0.95
0.92
0.95
0.94
0.96

JMAkobe

BCJ-L2

Input direction
NS
EW
NS
EW
NS
EW

PGA(m/s2)
3.56

4.00
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4.2.3 Evaluation result
In this section, the evaluation result is compared from
the experimental result. There are three plane of
structures at long side and four plane of structures at
narrow side. All of plane of structures of all the
specimens have the maximum response deformation
angle of the first story R1max in the experiment. Figure 11
shows the experimental and evaluation R1max of each
plane of structure on both long and narrow side. We use
b=0.5, 0.7 as the parameter b in Figure 11.
Figure 12 shows the R1max of simplified two degree of
freedom model of m2 /m1=1, u2 /u1=2, H1=H2=2.7m. We
change f0 from 2Hz to 5Hz. In Figure 12, the mean R1max
of each plane of structure is also described. We use
b=0.5, 0.6, 0.7 as the parameter b in Figure 12.
(A) BCJ-L2
As Figure 11 (a) indicates, we can evaluate R1max nearly
the same or larger than the mean of the experimental
R1max using b=0.7. Using b=0.5, the evaluated R1max is
larger than the experimental R1max. Note that the previous

study [15] reported that experimental R1max of narrow
side of Suburban typical house varies at each plane of
structures because the torsion occurred. Figure 12 (a)
indicates the evaluated R1max decreases as b increases. It
is also founded that the evaluated R1max decreases as f0
increases.
(B) JMA Kobe
As Figure 11 (b) indicates, we evaluate R1max
approximately except for the long side of Kyo-machiya.
The reason the experimental R1max is much smaller than
the evaluated R1max is that the column base moved and
the specimen did not deform so much. Note that the
previous study [14] reports the experimental R1max of the
narrow side of Suburb typical house varies at each plane
of structures because the torsion occurred. Figure 12 (b),
(c) indicates the evaluated R1max does not differ so much
according to b and f0.
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Figure 11: The maximum deformation angle of the first story
R1max of full scale specimens
[m2 /m1, H1, H2:Experimental value, u2 /u1: Evaluated value]
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(c) JMA Kobe EW
Figure 12: The maximum deformation angle of the first story
R1max versus natural frequency f0 of full scale specimens and
simplified two degree of freedom model
[m2 /m1=1, u2 /u1=2, H1=H2=2.7m]

4.3.2 Discussion
On the basis of the maximum response evaluation result,
important points of earthquake-resistant measures of the
traditional wooden houses are described as follows.
R1max decreases as f0 increases against Design spectra in
Japan and random waves such as BCJ-L2. Therefore,
increasing strength by installing walls is effective to
reduce R1max against such waves. This is because there is
a correlation between the total length of the full walls L1
and f0 as Figure 8 indicates.
On the other hand, R1max does not decrease as f0 increases
against particular pulse-like ground motions such as
JMA Kobe and Ricker wavelet. Therefore, improving
deformation capacity of houses is effective because
increasing strength by installing walls is not necessarily
effective.

5 CONCLUSIONS
In this study, following conclusions have been drawn.
1) The maximum response deformation angle
evaluation method of traditional wooden houses
based on natural frequency which is obtained from
microtremor measurements and the amplitude
dependency of natural frequency has been
established.
2) The amplitude dependency of natural frequency
which can be applicable for existing traditional
wooden houses has been developed from the results
of seismic observation of existing traditional
wooden houses, shaking table tests and static lateral
loading tests of wooden frame specimens.
3) It is found from the maximum response deformation
angle evaluation that increasing natural frequency is
effective to reduce the maximum response
deformation angle against random waves but it is
not effective against particular pulse-like ground
motions.
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Figure 13: Acceleration response spectrum
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Figure 14: Ground acceleration and velocity of Ricker wavelet
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4.3 APPLICATION EXAMPLES
4.3.1 Evaluation method and result
As an application example, simulation analyses using
this proposed evaluation method is conducted against
two types of acceleration response spectra shown in
Figure 13 changing natural frequency f0.
One of the response spectrum is Design spectra in Japan
(soil type 2, adjustment factor according to number of
stories p=0.85) [4]. The other is the spectrum of Ricker
wavelet which characterizes pulse-like ground motions
(predominant period Tp=1s, maximum ground velocity
Vp=0.75cm/s). Figure 14 shows the ground acceleration
and velocity of Ricker wavelet.
Figure 15 shows the R1max of the simplified two degree
of freedom model of m2 /m1=1, u2 /u1=2, H1=H2=2.7m.
We change f0 from 2Hz to 5Hz and use a=-0.4, b=0.6 in
Figure 15. The coefficient of input waves is α = 10 when
Design spectra in Japan is input, α = π when Ricker
wavelet is input. Figure 15 indicates that the maximum
response deformation angle of the first story R1max
decreases as natural frequency of the houses f0 increases
in case of Design spectra in Japan. In case of Ricker
wavelet, R1max do not change so much by f0.

Acceleration response spectrum(m/s 2)
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Figure 15: The maximum deformation angle of the first story
R1max versus natural frequency f0 of simplified two degree of
freedom model
[m2 /m1=1, u2 /u1=2, H1=H2=2.7m]
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VULNERABILITY ANALYSIS OF CONVENTIONAL TIMBER FRAME
WALLS UNDER SEISMIC ACTION
Carole Faye1, Yassine Verdret1,2, Sidi Mohammed Elachachi2
ABSTRACT: Seismic performance-based design of a structural system must ensure performance objectives of the
structure against natural hazards like earthquakes. This design philosophy has widely been developed for reinforced
concrete, steel buildings or bridges built in high seismic areas. This paper proposes a vulnerability analysis on timber
shear walls with stapled diaphragm (OSB 12 mm thick) under seismic action. Vulnerability analysis is based on the use
of the Nonlinear Spectral Method N2 which predicts timber frame wall displacement and acceleration by taking into
account the ductile behaviour of structures. In a first part, the application of the Nonlinear Spectral Method on seismic
behavior of conventional timber frame walls showed that displacement on the top of the wall is well estimated. In the
second part, a vulnerability analysis of timber frame walls under seismic action based on Non linear Spectral Method is
developped by taking account of material and seismic action uncertainties. Fragility curves show that, for seismic
actions of which PGA is 0.3g, no structure reaches the second limit state.
KEYWORDS: timber shear wall, Nonlinear Spectral Method, pushover curve, cyclic tests, dynamic tests, earthquake,
fragility curves, performance-based design method.

1 INTRODUCTION 123
Since October 2010, France is keyed with a new zoning
map of seismic risk, involving an increase of concerned
territories. For example, in the case of residential
buildings, seismic regulations are mandatory in 25% of
the French territory.
In this paper, we propose a vulnerability analysis of
conventional timber frame walls under seismic action.
This vulnerability analysis is based on the application of
the Nonlinear Spectral Method N2 [4]. This method
predicts timber frame wall displacement and acceleration
by taking account of ductile behaviour of structures. For
this, it is based on the pushover curve of the structures.
Therefore, this method seems more appropriate than the
Eurocode 8 [11] linear method currently used to design
timber structures under earthquakes.
The timber frame walls being investigated are constitued
with OSB sheathing of 12 mm thick connected to frame
with staples for the following reasons:
- OSB sheathing represent up to 80% of light frame
shear walls of the French market,
- the use of staples to connect sheathing panels of frame
timber is increasing because of a faster manucfaturing
process.
1
Technological Institute FCBA, Allée Boutaut, BP227, 33028
Bordeaux cedex (e-mail : carole.faye@fcba.fr)
2
I2M, Department of Civil and Environmental Engineering,
Avenue des facultés, 33405 Talence

In a first part, we present the results obtained from the
application of the Nonlinear Spectral Method on
behavior analysis of conventional timber frame walls
and a comparison with experimental values obtained by
dynamic tests performed on shaking table.
In a second part, a vulnerability analysis of timber frame
walls under seismic action based on Nonlinear Spectral
Method is developped by taking account of material and
seismic action uncertainties.
This paper is a follow up of a previous research [13]
dealing with timber frame walls with OSB sheathing
connected by threaded nails. Moreover, the calculation
method was only deterministic.

2 DETERMINISTIC BEHAVIOUR OF
TIMBER FRAME WALL UNDER
SEISMIC ACTION
2.1 WALL CONFIGURATION
Tests were performed on walls (Figure 1) of 2,4 m height
by 2,4 m length with 12 mm thick OSB/3 complying with
EN 300 with the following characteristics:
- studs and horizontal members are connected by 4
threaded nails. Span between studs is 600 mm.
- sheathing panels are connected using staples of 50
mm length and a cross sectional area of (1.34×1.6)
mm2 complying with EN 14 592,
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- the spacing of the staples is 150 mm and 300 mm
respectively on panel edges and panel center,
- walls are anchored by available stiff commercial
anchor brackets.

(b)

(a)

(c)

Figure 1: shear walls description (a), staples position (b) and
wall anchorages (c).

Figure 3 presents, for each cyclic test (mc1, mc2 and
mc3), bilinear idealizations of the envelop curve
according to equations (1) and (2). One can observe that,
for the same method (EN 594 or ASTM E 2126A), the
relative variabilities of the stiffness, of the yielding
displacement or of the maximum force. Even if the three
walls are assumed to be identical, random dimension
must be considered. The elastic limit displacement is
between 10 mm and 20 mm.
Table 1 gives the experimental values of three
parameters of the bilinear idealization of the capacity
diagram (Figure 12) for the 3 cyclic tests mc1, mc2 and
mc3:
K , : initial stiffness of the bilinear
idealization ,
F : yielding force ;
U , : ultimate displacement corresponding to
80% of the maximum force.

2.2 CYCLIC TESTS
Cyclic tests were performed on shear walls to determine
the envelope curve. It is assumed that this envelope
curve corresponds to the pushover curve of the wall
which establishes a relationship between the shear force
at the base of the structure and its roof displacement. To
apply the Nonlinear Spectral Method, the pushover curve
is approximated by a bilinear curve considering energy
equivalence. The calculation of the initial stiffness is
performed according to the following methods [10]
which provide the initail stiffness calcuation method :
EN 594’s method [12] :
0.4 Fm − 0.2 Fm
K EN =
U 0.4 Fm − U 0.2 Fm

(1)

where Fm is the maximum force of the envelop curve and
U0.4Fm and U0.2Fm are respectively displacements at 0.4Fm
and 0.2Fm.
-

ASTM E 2126A’s method [1] :
0.4 Fm .
K ASTM =
U 0.4 Fm

Figure 2: Cyclic and envelope curves for mc1 wall.

20
18

F (kN)

-

16

(2)

Moreover, to construct the push-over curve, we consider
that the ultimate displacement is defined as the
displacement for a decrease of 20% of the maximum
force Fm.
Three cyclic tests (mc1, mc2, mc3) were conducted
according to ISO 21581 (2010) [8]. A total dead load of
15 kN is applied on the top of the wall. This load
represents the actual loading conditions of the walls in a
one storey building.
Figure 2 illustrates experimental cyclic and envelop
curves for mc1 wall.

14

NF EN 594 / Mc1
ASTM E2126 / Mc1
NF EN 594 / Mc2
ASTM E2126 / Mc2
NF EN 594 / Mc3
ASTM E2126 / Mc3

12
10
8
6
4
2
0

U (mm)
0

10

20

30

40

50

60

70

Figure 3: bilinear curves for EN 594 and ASTM 2126
methods for mc1, mc2 and mc3 walls.

80
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mc1

1350
15.4
72

mc2

1110
16.9
72

mc3

1240
16
60

Table 1: experimental values of construction parameters of
pushover curve for a bilinear idealization according ASTME
2126 for the three cyclic tests.

MD 37 / earthquake at 9.7 m/s-2
60

MD 38 / earthquake at 9.9 m/s-2

40

Displacement (mm)

K0,ID (N/mm)
FY(kN)
Uult,80 (mm)

20

0

-20

-40

2.3 DYNAMIC TESTS ON SHAKING TABLE
Walls with the same configuration were tested on a
shaking table to assess experimental values of
displacement and acceleration at the top of the wall [5].
The input signal (Figure 4) used to conduct dynamic
tests is representative of strong seismic hazard zone in
France for which PGA is 0.3g. This earthquake is issued
from the earthquake of Miyagi (Japan, 2003) [2].

Figure 4: Earthquake representative of strong seismic zone in
France (PGA=0.33g).

The test protocol was developed to understand the linear
and nonlinear dynamic behaviour of walls:
-

-

in a first step, for each wall, a vibration test
with white noise was performed at a low level
to determine its natural elastic fundamental
period T0;
Secondly, a seismic test was performed with the
earthquake signal: at its original PGA to test the
wall in an elastic state or at higher PGA (around
1g) to test the wall in a non-linear state without
overpassing the near collapse state of the wall.

Figure 5 presents experimental displacement at the top of
the wall for dynamic tests respectively with the
earthquake at amplified level (PGA=1g).

-60

5

10

15

20

Time (s)

25

30

35

Figure 5: Experimental displacement at the top of the walls
MD37 and MD38 for earthquake at amplified level (at 1 g).

Experimental results of dynamic tests are reported in
Table 2 (4 wall tests at about 0.33g and 6 wall tests at
about 1g). One can observe that for dynamic tests with
earthquake at its original level (0.33g), the maximum
displacement at the top of the wall (relatively to the
shaking table) is between 9 mm and 12 mm. The
maximum displacement is close to the elastic limit
displacement obtained with the push-over curves: in this
case (dynamic tests at 0.33g), shear wall stays in its
elastic state.

md26
md27
md28
md29
mean
md34
md35
md36
md37
md38
md39
mean

Elastic
period
(s)

PGA
(m.s-2)

0.19
0.20
0.23
0.20
0.21(8%)
0.21
0.2
0.23
0.23
0.20
0.20
0.21(6%)

3.1
3.1
3.1
3.1
3.1
9.1
9.1
9.1
9.7
9.9
8.9
9.3

Experimental values at
the top of the wall
max.
max.
displacement acceleration
(mm)
(m.s-2)
12
5.7
11
5
9
5.1
10
5.4
10.5(12%)
5.3(6%)
49
15.9
40
15.1
50
16.1
49
14.4
42
18.3
45
16.3
46(9%)
16(8%)

Table 2: Experimental results for dynamic tests (md: wall
tested in dynamic).

2.4 APPLICATION OF THE NONLINEAR
SPECTRAL METHOD TO TIMBER FRAME
WALL
The Nonlinear Spectral Method combines a pushover
analysis of a multi-degrees of freedom system (in our
case, the system is considered as a simple degree of
freedom system) and an inelastic response spectrum
analysis of an equivalent system with one degree of
freedom (SDOF).
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The intersection between these two curves gives the
point of performance (PP) of the structure (Figure 6) [4],
[13].

An example of performance point determination is
illustrated in Figure 7 (here in elastic range).

PP

The originality of this procedure (and somewhere its
limitations) rests on the fact that a dynamic phenomenon
analysis is replaced by a nonlinear static analysis and the
projection of variables in a spectral plan of
representation: acceleration spectrum – displacement
spectrum.
It provides all variables of interest (displacement, base
shear and seismic forces for each degree of freedom)
without iteration.
As explained in paragraph 2.2, the pushover curve is
established from envelop curve obtained by cyclic test
on one hand. On the other hand, the accelerogram is
firstly transformed into elastic response spectrum in the
spectral Acceleration – Displacement plane (Sae=f(Sde))
with a damping ratio of 13% (noted during dynamic
tests). In a second step, the inelastic response spectrum is
obtained by reducing the elastic response spectrum by
considering an equality between the behaviour factor and
the coefficient µ representing the ductility demand.
Table 3 presents results of the application of the Non
Spectral Method for dynamic tests performed with the
earthquake at its original PGA (0.33g) using the pushover curves determined from mc1, mc2 and mc3 cyclic
tests by ASTM bi-linearization method. By comparison,
the following experimental results are also presented:
relative displacement at the top of the wall and the
absolute acceleration at the top of the wall.
Performance Point

mc1
mc2
mc3

Displ.
(mm)
10.1
9.81
9.36

Acc.
(m/s²)
5.22
5.35
5.16

Dynamic tests
Displ.
(mm)

Acc.
(m/s²)

Figure 7: Performance Point (PP) for shear wall OSB
sheathing obtained by the Non Spectral Method for the
earthquake at its original level (PGA=0.33g).

Table 4 presents the results of the application of the Non
Spectral Method for an amplified PGA (equal to 1g)
when the pushover curves are determined for the mc1,
mc2 and mc3 cyclic tests. An example of performance
point determination is illustrated in Figure 8.

Performance Point

mc1
mc2
mc3

Displ.
(mm)
42
41.9
42

Dynamic tests

µ

Acc.
(m/s²)
8.92
10.5
8.65

Displ.
(mm)

Acc.
(m/s²)

3.13
2.67
3.01

46

16

Table 4: Displacement and acceleration obtained by the Non
Linear Spectral method according to the ASTM bilinearization method for earthquake at amplified level
(PGA=1g) - comparison with experimental values obtained by
dynamic tests.
16
14

Sa (m/s²)

Figure 6: Performance point (PP) obtained by superposition
of inelastic and elastic spectra and the idealized capacity
curve in the case where T> Tc [Fajfar].

Spectre de réponse élastique

Experimental elastic spectrum

Diagramme
capacité
Capacitydediagram

Experimental
inelastic
Spectre
de réponse inélastique

12

spectrum

10

PP

8
6
4

10.5

5.38

Table 3: Displacement and acceleration obtained by the Non
Linear Spectral method according to the ASTM bilinearization method for earthquake at its original level
(PGA=0.33g) - comparison with experimental values obtained
by dynamic tests.

2
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Figure 8: Performance Point (PP) for shear wall OSB
sheathing obtained by the Non Spectral Method for the
earthquake at amplified level (PGA=1g).
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By comparing experimental results obtained firstly by
dynamic tests and secondly by the Non linear Spectral
method (Tables 3&4), one can observe that:
•
•

displacements values are similar both for
earthquake at its original level (0.33g) and
amplified level (1g),
acceleration values are similar for earthquake at
its original level. At amplified level (PGA=1g),
the timber frame wall has a nonlinear behaviour
and in this case, the structure is submitted to
damping forces which are not taken account by
the N2 method. Therefore, experimental
accelerations are significantly higher than
calculated one.

3 VULNERABILITY ANALYSIS
In this paragraph, a vulnerability analysis is used to
study the dynamic behaviour of timber frame wall under
seismic action. This analysis is based directly on the Non
Linear Spectral Method presented in the previous
paragraph firstly in a deterministic way and secondly by
taking into account the uncertainties due to material
properties and seismic actions variability. The results are
provided in the form of fragility curves.
3.1 UNCERTAINTY DUE TO MATERIAL
PROPERTIES
Variability due to material properties is taken into
account by considering probabilistic distribution
functions for the main parameters describing the
pushover curves of the timber frame walls.
To construct these random pushover curves, the
following steps are performed.
The first step consists in generating envelope curves. For
this purpose, the following mechanical properties
(Figure 9) for which the statistical parameters (mean,
variance) are estimated from the positive side of the
experimental envelope curves of the three cyclic tests
(presented in paragraph 2.2):
K0 : initial stiffness;
K1 : stiffness before the maximum force ;
Fmax : maximum force ;
K2 : stiffness after the maximum force ;
F2 : force after the maximum force ;
K3 : stiffness between (U2 ; F2) and (Udc ; Fdc)
points ;
Fdc : force corresponding to last loading cycle.

Figure 9: Definition of envelope curve parameters.

Displacements Umax , U2 and Udc associated to Fmax,
F2 and Fdc are considered as deterministic variables since
they are fixed by experimental protocol. The statistical
values of the main parameters are reported in table 5.

K0 (N/mm)
Umax (mm)
Fmax (kN)
K1 (N/mm)
-K2 (N/mm)
-K3 (N/mm)
U2 (mm)
F2 (kN)
Udc (mm)
Fdc (kN)

mc1

mc2

mc3

mean

2233

3351

4032

17.3
272
9.12
214

19.1
317
25.5
214

18.3
294
57.7
315

18.9

18.6

17.2

8.75

10.8

4.68

3200
34.4
18.2
276
30.8
248
53
18.2
91
8.1

St.
deviation

910
0.9
52
24.7
57.9
0.91
3.11

Table 5: Statistical parameters of mechanical properties of
envelop curves.

Envelop curves are then generated by Monte Carlo
simulations by using lognormal distributions functions
(Figure 10).

Figure 10: Random envelop curves generated by Monte Carlo
simulations.

The second step consists in determining, for each
random envelop curve, the three parameters (Figure 11)
of the bilinear idealization of the capacity diagram.
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As explained in paragraph 2, theses parameters are
determined by energy equivalence with the envelop
curves.

Figure 12: Mean spectrum (yellow curve) constructed from
100 random earthquakes and Eurocode 8 standard spectrum
(red curve) for a strong seismic zone in France (soil B).
Figure 11: Definition of bilinear idealization of the capacity
diagram parameters.

Statistical values of these three parameters were
calculated for the ASTM E2126 method (see Table 6)
and EN 594 method.
mean

K0,ID (N/mm)
FY(kN)
Uult,80 (mm)

1237
16.1
67

St.
deviation

123
0.8
-

Table 6: statistical values of construction parameters of
pushover curve for a bilinear idealization according ASTME
2126.

Furthermore, random pushover curves are generated by
Monte Carlo simulations by using lognormal
distributions also.
3.2 UNCERTAINTY DUE TO SEISMIC ACTIONS
Ground motion variability is taken into account by the
construction of a database of synthetic earthquakes
classified by soils. Random earthquakes are generated
by using Gasparini&Vanmarcke method [6].
The Nonlinear Spectral N2 method requires construction
of elastic spectra for a given damping. It is taken equal to
13% as determined during shaking tests (see paragraph
2).
Figure 12 presents for example elastic spectra of 100
random synthetic earthquakes corresponding of the
strong seismic zone in France and according to Eurocode
8 to a soil B.
To establish the fragility curves (in paragraph 3.4),
random earthquakes are generated between 0.1g and 2g
by steps of 0.05g.

3.3 LIMIT STATES
To establish fragility curves, one must establish
performance requirements of the structure during an
earthquake. For this, we defined the following three limit
states in terms on inter-storey drifts.
The first limit state corresponds to a state with limited
damages (LD). The structure is not or very slightly
damaged, its structural elements have not over passed
the post-yield zone defined by the bilinear idealization.
Displacement corresponding to 0.5% of the height of the
wall element (=12 mm) is chosen as the first limit. As
indicated in Figure 3, it is close to the limit elastic zone:
,

∙

(1)

The second limit state corresponds to a state with
significant damages (DS). The structure is damaged but
it still has significant shear load capacity and can bear
other moderate seismic actions. To respect this,
displacement corresponding to 1% of the height of the
wall element (= 24 mm) is chosen as the second limit. As
can be shown in Figure 13, this second limit is lower
than the displacement at maximum force during cycle
test.
,

∙

(2)

The third limit state corresponds to the limit
displacement chosen as the near collapse criterion of the
wall submitted to seismic action (QE). It corresponds to
the 90% Fmax determined by cyclic tests:
,

,

∙

(3)

Beyond this limit state, it is assumed that there is
complete collapse of the structure (RS).
As a summary, we defined three limit states (which are
represented in Figure 13) allowing to determine four
damage classes.

1

Pf
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0,9
0,8

LD(ASTM)

0,7

DS(ASTM)

0,6

QE(ASTM)

0,5

LD(NF EN 594)
DS(NF EN 594)

0,4

LD - Dynamique

0,2

DS - Dynamique

0,1

QE - Dynamique

0

Figure 13: Four damage classes limited by three limit states.

3.4 FRAGILITY CURVES WITH THE
NONLINEAR SPECTRAL METHOD
The fragility curves indicate the probability of reaching
or exceeding a defined given limit state for a given
ground movement indicator (s), which is expressed by
[3], [9] :
|

|

(3)

where
and
represent respectively the
displacement of the structure for the defined given limit
state and the maximum displacement demand for a given
ground movement indicator (s).
In our study, fragility curves are established by
considering the PGA (Pick Ground Acceleration) as the
ground movement indicator.
Monte Carlo simulations method is used to determine the
fragility curves.
Figure 14 illustrates fragility curves established
according to the PGA: the blue curves correspond to
idealization according to ASTM E2126 while brown
curves correspond to idealization according to EN 594.
One can notice that fragility curves established with the
EN 594 stiffness approach will reach a damage class
earlier. The ‘’distance’’ between the two approaches (EN
594 and ASTM E 2126A) increases with the increase in
damage limit states.
The fragility curves were likewise established from a
nonlinear time history analysis (dashed curves) with the
model Humbert [7]. The parameters of this model vave
been identified on the same set of walls in cyclic tests.

QE(NF EN 594)

0,3

PGA (m/s²)
0

5

10

15

20

25

Figure 14: Courbes de fragilité pour le PGA construites par
la méthode N2 et par une analyse dynamique non linéaire.

One can notice that, for the first limit state, the fragility
curve established from a nonlinear time history analysis
is between the two curves obtained by the Nonlinear
spectral Method (ASTM E 2126 and EN 594).
In the case of higher damage classes, correspondence
between the curves from both approaches is decreasing
and there is a significant difference for the QE class.
One can notice that fragility curves indicate that, for
seismic actions of which PGA is 0.3g:
- around 50% of the structures reach the fisrt limit state,
- no structure reaches the second limit state.

4 CONCLUSIONS
In a first part, the application of the Nonlinear Spectral
Method on seismic behavior of conventional timber
frame walls showed that displacement on the top of the
wall is well estimated. Calculated accelerations, for
amplified seism, seem to be lower than experimental
ones. It should be noted that cyclic tests are used to
establish the push-over curves of the Non Linear
Spectral Method contrary to what it is usually done with
the use of the monotonic test. A further step will be to
find an accurate method to determine the initial sitffness
of the pushover curve. Moreover, additonal studies
concerning the application the Nonlinear Spectral
Method have to be performed on overall structures to
evaluate its accuracy.
In the second part, a vulnerability analysis of timber
frame walls under seismic action based on Non linear
Spectral Method is developped by taking into account
material properties and seismic action uncertainties.
Fragility curves show that, for seismic actions of which
PGA is 0.3g, no structure reaches the second limit state.
This study will be completed by establishing fragility
curves based on material indicator rather than indicator
linked to the seismic zone as the PGA.
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STUDY ON SEISMIC GRID WALLS USING COMPRESSED WOOD
FOR ITS SHAPE RECOVERY BEHAVIOR
Hidemaru Shimizu, Yoshiaki Wakashima 2, and Yasushi Fujisawa 3
ABSTRACT: In order to improve the low initial stiffness, a weakness of wooden grid bearing walls, the experiment was
conducted on seismic grid bearing walls prepared utilizing the shape recovery behavior of compressed wood. The purpose
of this study is to develop a wall with high resistance force at initial deformation (high initial stiffness) and large
deformation. The recovery displacement/stress behavior of compressed wood were measured for one year, and as a result,
it was revealed that the grid wall with compressed wooden pieces maintained higher displacement/stress throughout the
year than its initial state. Further, it was confirmed in the element test conducted by removing a part of the grid wall, that
the grid wall using compressed wood has both higher initial stiffness and higher resistance force at large deformation,
compared to conventional grid walls.
KEYWORDS: Compressed wood, Wooden grid bearing walls, Initial stiffness

INTRODUCTION 123
The orthogonal grid wall (hereinafter referred to as the
grid wall) is a bearing wall with a wall resisting force ratio
based on an addition made in the amendment of
Notification No. 1100 of the Construction Ministry in
1981 (Notification No. 1543 of the Ministry of Land,
Infrastructure, Transport and Tourism on December 9,
2003). It is used as a seismic reinforcement for houses
because of its advantage compared with other solid walls
using structural plywood, such as good daylighting and
design flexibility, as well as its adjustability regarding
load deformation curve depending on the grid’s wood

species, width and number of rabbet joints. A large
number of its applications are seen particularly in
traditional wooden structures such as temples and shrines,
where solid walls cannot be installed in some areas due to
design restrictions. The resistance force of the grid wall is
represented mainly by the compressive strength inclined
Seismic grid wall

Resistance force (kN)

Compressed wooden piece

Seismic grid wall

Strength improvement
at initial deformation

Conventional grid wall

Maintain high strength
at large deformation

Conventional grid wall
Initial sleep
deformation

Deformation (mm)
Figure 1: Outline of Seismic grid wall
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to the grain of rabbet joints, and evaluation of the load
deformation curve with anticipation of initial slip is
applied as it is necessary to take into consideration spaces
at the joints which are unavoidable due to drying
shrinkage of the grid lumber. In other words, the common
grid wall has the problem that although having a
maximum resistance force, it has low initial stiffness by
which its wall resisting force ratio is determined.
This study develops a grid bearing wall by taking
advantage of the shape recovery behavior of compressed
wood, in order to solve the grid wall’s problem of having
low initial stiffness. Namely, it aims to develop a bearing
wall which provides higher resistance force (high initial
stiffness) at initial deformation, while maintaining a high
resistance force in a large deformation regime as shown
in Figure 1.

2. SHAPE RECOVERY BEHAVIOR AND
STRESS RELAXATION OF
COMRESSED WOOD

In order to develop a grid bearing wall utilizing the shape
recovery behavior of compressed wood, the said behavior
of compressed wooden pieces alone and the
corresponding stress relaxation were studied. Many past
studies concerning compressed wood aimed mainly to
solidify its shape, and there are few which measured for a
medium- to long-term period the shape recovery behavior

as anticipated in this paper. Therefore, such medium- to
long-term measurement was conducted in this paper, by
preparing small test pieces of compressed wood, to verify
the extent of displacement recovery and stress at the time
of the displacement recovery, as well as their long-term
continuity and stability.
2.1 Experiment parameters
The parameters for the experiment include the material of
specimens, compression ratio, and compression
temperature (at the surface of a heating plate), as shown
in Table 1. Two types of material were used for the
specimens: easily available Japanese cedar (45 mm thick)
and coniferous structural plywood (28 mm thick). The
specimens were cured for several days in a constanttemperature chamber (EY-101 model, ESPEC), set at
20°C/60%RH, and the density was measured when it
reached an equilibrium moisture content. In the case of
the cedar specimen, measurements of density, coefficient
of variation, and standard deviation were 0.30 ~ 0.33
g/cm3, 0.033 and 0.010 respectively, while in the case of
the structural plywood, the measurements were
0.45 ~ 0.49 g/cm3, 0.024 and 0.011 respectively.
Reference 1 indicates the air-dried density of Japanese
cedar to be 0.30 ~ 0.45g/cm3, and the density of the cedar
specimen in this experiment falls into this range. The
density of the structural plywood specimen is slightly

Table 1: Experiment parameters

Material

Compression
ratio

Japanese cedar
(processed)

60%

Structural plywood
(28 mm)

60%

Compression
method

Flat-bed
press

35%

Photo 1: Heat press machine

Compression
temperature

Compression
speed

Specimen No.
Displacement
measurement

Axial force
measurement

90℃

S90-1 (1)

S90-2 (3)

180℃

S180-1 (1)

S180-2 (3)

G180-1 (1)

G180-2 (2)

90℃

GL90-1 (1)

GL90-2 (2)

180℃

GL80-1 (1)

GL180-2 (4)

180℃

40mm/min.

Photo 2: Specimens (before compression)
and steel mold form
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lower based on the level of 0.55 ~ 0.58g/cm3 in the 12
mm-thick plywood as indicated in Reference 2.
Two compression ratios; 35% and 60% were applied,
60% (45 mm→18 mm) for the cedar specimens, and 35%
(28 mm→18 mm) and 60% (28 mm→12 mm) for the
structural plywood specimens. Compression was applied
to the cedar in a radiation direction and 60% ratio was
selected as the standard, as Reference 3 shows that the
higher the compression ratio in wood, the greater the
shape recovery behavior. In terms of the structural
plywood, there was no past study concerning compressed
wood and therefore two ratios were selected to verify the
difference in the shape recovery behavior of the
specimens.
Selecting two compression temperatures; 90°C and 180°C,
a flat-bed heat press (TYHC-200WS, Toyo Yuatsu
Kogyo) as shown in Photograph 1 was used for
compression at a speed of 40 mm/min. Based on the data
found in Reference 4 that the softening temperature of
lignin, the main constituent of wood is 134°C ~ 235°C, it
was estimated that the specimen compressed at 90°C will
not be soft while the one at 180°C will be moderately soft.
2.2 Preparation of compressed wood
With the flat dimension of 45 mm by 100 mm, all
specimens in this study were fully dried in a drying oven
(FS-620, ADVANTEC) before compression in
anticipation of obtaining their shape recovery behavior. A
steel mold form (Photograph 2) was used to control
deformation in directions other than those intended. First,
the heating plate of the press (Photograph 1) and the steel
mold form were made stable at the set temperature. Then
the specimens were compressed to reach the desired level
and were left under the set temperature for another 30
minutes to make their shape semi-fixed. Finally, they
were released from compression, following cooling of the
heating plate by water for 30 minutes.
2.3 Summary of the experiment
Compression processed specimens were left to stand
indoors for approximately one year, during which the
amount of displacement recovery in the compression
direction and stress, as well as ambient temperature and
humidity of the specimens were monitored (Photograph
3). The measurement was made every one minute for an
initial period and every 30 minutes thereafter. For the
specimens subject to displacement measurement, a
displacement meter was installed in the center of the
specimens for calculation of the displacement recovery.
For specimens subject to stress measurement, compressed
wood was inserted between two steel plates (100 mm x
180 mm) with the entire surface being compressed as
shown in Photograph 3. The two steel plates were
connected with two bolts, and the stress status of the
specimens was calculated by measuring the axial force of
these bolts. The temperature and humidity were measured
using a temperature and humidity data logger (RHT10,
AS ONE) every 30 minutes at the same intervals as the
specimens.

Photo 1: Specimens being monitored

2.4 Experiment results
Displacement recovery behaviors of the compressed
wood are shown in Figure 2. Specimens compressed at
90°C showed a large displacement recovery from the
initial period regardless of the material. Those
compressed at 180°C showed moderate recovery at the
initial period. It was confirmed after one-year of
observation that the compressed wooden pieces which
had been prepared under a fully dried condition showed
constantly larger displacement compared to their initial
compression state. The temperature and humidity of the
laboratory ranged from 4.5°C ~ 39.8°C, and 26.1 ~
79.5%RH respectively. Occasionally the degree of
displacement recovery became small in winter, during
which days with low humidity continued.
The stress changes with displacement recovery behavior
are shown in Figures 3 to 5. Although smaller than that of
the structural plywood, the stress of the cedar was
1.0N/mm2, that was greater than the standard allowable
stress (compressed on the entire cedar surface) i.e.
0.73N/mm2 issued by the Architectural Institute of Japan.
The stress of the structural plywood was generally
1.5N/mm2 or more. Especially the one with high
compression ratio of 60% (G180-2) showed an extremely
high stress value of 5.0N/mm2 or more. These trends were
also observed during the winter when humidity was low,
and the displacement recovery and stress values were
greater than the initial values.
Consequently, it is revealed that Japanese cedar
compressed at 90°C is suitable for achieving displacement
recovery behavior using compressed cedar, while
structural plywood compressed at 180°C is suitable for
achieving high stress.
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a) Full-Scale test

b) Element test
Figure 7: Element test description

a) Large deformation anlge

b) Damaged
Photo 4: Element test

3. EVALUATION OF SEISMIC
PERFORMANCE OF GRID WALLS
USING COMRESSED WOOD
3.1 Experiment parameters
The result of the measurement over approximately one
year of changes in the shape recovery behavior and stress
of compressed wooden pieces suggested the potential of
achieving high initial stiffness by the use of compressed
Japanese cedar or structural plywood for the rabbet joints
of grid walls. Based on the result, part of a grid wall using
compressed cedar was removed and an in-plane shear test
was conducted. Japanese cedar with a compression

temperature and ratio of 90°C and 60% respectively was
selected for its quick displacement recovery. The different
positions of inserting the cedar pieces are shown in Figure
6. Grid 1 is a conventional grid used as a control specimen
without using compressed wooden pieces. Grids 2 to 4 are
specimens with varying inserting positions. For example,
Grid 4 was anticipated to have a large cross-section
missing at the rabbet joints which would cause some
bending in the wood.
3.2 Summary of the experiment
Specimens were prepared to represent a section of a grid
wall (Figure 7). Each comprised of three vertical and three
horizontal strips of 45 mm x 45 mm Japanese cedar
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Talbe 2: Characteristic values (Grid element tests)

Yield
Name of resistance force
specimen
Py
(kN)
Grid 1

-

Ultimate
resistance force
0.2Pu /Ds
(kN)

2/3 Maximum
resistance force
2/3Pmax
(kN)

Resistance force at
specific deformation
P1/150
(kN)

1.39

0.04

-

Standard
resistance force
Po
(kN)
-

Grid 2

1.44

1.32

2.01

1.27

1.27

Grid 3

1.49

0.94

2.15

0.90

0.90

Grid 4

1.63

0.64

1.89

0.51

0.51

Maximum
Name of resistance force
specimen
Pmax
(kN)

Small deformation
resistance force
P1/120
(kN)

Yield
deformation
δｙ
(mm)

Yield
deformation
δv
(mm)

-

-

Grid 1

2.08

0.07

Grid 2

3.01

1.42

5.60

Grid 3

3.23

1.02

Grid 4

2.84

0.58

lumber that resist each other to form a grid as shown in
Photograph 4. Using a steel test jig that causes no
resistance other than with the specimen, peak-to-peak
alternative loading was repeated three times up to 1/10 rad
under displacement control.
3.3 Experiment results
The load-deformation angle correlation and envelop
curves are shown in Figures 8 and 9 respectively. The
specific deformation angle capacity to calculate the wall
resisting force ratio was 1/150 rad employing the tie-rod
system. Characteristic values up to 1/15 rad are shown in
Table 2. Specimens using compressed wood show
significant improvement in initial stiffness compared with
Grid 1. The maximum resistance force values (at 1/15 rad)
shown in Table 2 varied greatly depending on specimens
with or without compressed wood, while the difference
became smaller at 1/10 rad as shown in Figure 9. With
respect to Grids 2 to 4 with different inserting positions,
bending occurred due to the missing section of the main
grid material which was visually observed. This was
reflected on each characteristic value in Table 2, revealing
that these specimens failed to show sufficient seismic
performance.
Consequently, it was confirmed that the grid wall using
compressed wood has the potential to achieve high initial
stiffness.

Deformability and
Ultimate
deformation Ductility damping factor
of structure
μ
δu
Ds
(mm)
39.80

-

-

9.40

40.00

4.25

0.36

10.63

18.40

39.80

2.16

0.55

20.54

37.63

40.40

1.07

0.93

4. CONCLUSIONS
As part of studies concerning the wooden grid bearing
wall using compressed wood, preparation of compressed
wood in anticipation of its shape recovery behavior,
observation of displacement recovery and stress status,
as well as an in-plane shear test on partial grid walls
using compressed wood were conducted. The study
results are shown as follows:
- Compressed wooden pieces prepared under a fully
dried condition can maintain high displacement recovery
behavior throughout the year.
- The stress generated by the shape recovery behavior of
compressed wood (Japanese cedar) is greater than the
standard allowable stress (compressed on the entire cedar
surface) i.e. 0.73N/mm2. It generally showed 1.0N/mm2
or more even at the low humidity condition.
- The stress generated by the shape recovery behavior of
compressed wood (the structural plywood) was generally
1.5N/mm2 or more. The higher the compression ratio,
the higher the stress became.
- Grid walls using compressed wood can achieve high
initial stiffness, while maintaining high resistance force
and deformation performance equal to conventional grid
walls also in a large deformation regime.
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RELATIVE STOREY DISPLACEMENT HOMOGENIZATION
BY CONTINUOUS COLUMNS ON WOODEN HOUSES
Koji Yamada
ABSTRACT: It is well-known that balanced relative storey resistance forces give a building good seismic performance.
Nevertheless, a wooden house does not have a good balance on its relative storey resistance forces. In this paper, I
discuss the relative storey displacement homogenization by continuous columns. Firstly, I propose the section size and
the number of continuum columns to prevent the storey collapse in considering of the bending stiffness and the bending
moment of a continuum column by push-over analysis. Next, the proposed section size and the number of continuum
columns are checked by response analysis. As a result, the pushover analysis shows that the width of column is
recommended over than 210mm for 60 m2 floor area per 8 columns. And the earthquake response analysis confirms the
above column width. The simple calculation formula for number of continuous columns is also recommended.

KEYWORDS: Houses, Relative storey displacement, Continuous column, Base shear coefficient, Pushover analysis

1 INTRODUCTION 123
It is important for a structural design to make the storey
displacement even. A collapse mechanism determinated
in beam end rupture is a good idea. Wada[1] propose
using a continuous shear wall to make a collapse
mechanism determinated in beam end rupture in Fig. 1 .
On the other hand, 1st storey displacement is large in a 2
storey Japanese wooden house. This large storey
displacement is caused by many non-structural walls in
2nd floor. Non-structural walls have 1/3 of horizontal
resistant force of a Japanese wooden house. In this paper,
I suggest the section size of continuum columns to even
the every storey displacement in Fig. 2. The evened
storey displacements make the ultimate displacement
large.

Continuous shear wall
Storey collapse Collapse in every storey
Figure 1: Wada’s idea

At first, I propose the section size and the number of
continuum columns to prevent the storey collapse in
considering of the bending stiffness and the bending
1

Koji Yamada, NIT, Toyota College, kyamada@toyotact.ac.jp

moment of a continuum column by push-over analysis.
Next, the proposed section size and the number of
continuum columns are checked by response analysis.
Last, he accounting of demand number of continuum
columns is discussed.

Continuum column

Storey collapse Collapse in every storey
Figure 2: Adaptation of Wada’s idea to a wooden house

2 ANALYSIS MODEL AND INPUT
QUAKES
An analysis model is 2 DOF model in Figure 3. Every
floor area is 60m2. The mass of roof is 150kg/m2, and the
mass of 2nd floor is 170 kg/m2. Non-structural walls are
0.4-0.6 m/m2 in reference [2]. The skeleton curves of
structural wall and non-structural wall are shown in
Figure 4 and table 1. The height of storey is 2730mm. In
this report, I define the sufficiency ratio as the ratio of
the horizontal resistant force over necessity horizontal
resistant force in Japan, and the storey sufficiency ratio
as the 2nd floor sufficiency ratio over 1st floor
sufficiency ratio.
A section size of a continuum column is 150, 180, 210,
240 mm square. The column is cobia, its Young's
coefficient is 0.7x104 N/mm2, and its bending strength is
22N/mm2. The lack of section by joints is 25%. The
yielding bending moment is the product of bending
strength and elastic section modulus. Its skeleton curve
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is elasto-plastic. A continuum column has the same node
of 2 DOF model and is fold at the height of 2nd floor.

y1

F1

K1

h1

P1 h1/(h1+h2)
P1

3 RESULU AND DISCUSSION

P1 h2/(h1+h2)

3.1 APPLICATION TO JAPANESE WOODEN
HOUSES

Figure 3: Additional stiffness of a continuum column

At the beginning, the effect of continuum column to
even every storey displacement is discussed. The relation
between the representative displacement and its base
shear coefficient, and the relation between 1st floor
storey displacement and 2nd floor storey displacement
are shown in Fig.6-8. They are derived from pushover
analysis. Viewed broadly, the increase of the section size
or the number of continuum column makes the storey
displacements even. And the minus stiffness at large
displacement is diminished according to the increase of
the section size or the number of continuum column.
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Figure 4: Restoring force characteristic of wall per 1m
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Table 1: Parameters of restoring characteristic ( per 1m)
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Pushover analysis is executed till the maximum
displacement is 300mm. The ratio of force at 2nd floor
(F1 in Fig. 3) and the force at roof (F2 in Fig. 3) is 0.6:
1.4. The damping ratio in response analysis is 2% initial
stiffness proportional damping. The input earthquake
motions are 3 earthquake motions shown in Figure 5.
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Figure 5: Earthquake motions

Figure 6: Relation between base shear and storey
displacement (non-structural wall 0.6m/m2, storey sufficiency
ratio 1.0)
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In the preceding section, the demand continuum columns
are discussed on Japanese wooden houses and their
horizontal resistant force characteristic. In this section,
the relation between the storey resistant force of yield
state and the section size of continuum column is
discussed to generalize the above demand columns. The
restoring force characteristic is bi-linear slip. The mass
of 2nd floor is 10200kg; the mass of roof is 9000kg
considering the preceding section. The storey resistant
force of yield state is 37.6kN at 1st floor and 24.7kN at
2nd floor when the base shear coefficient is 0.2. In this
section, these storey resistant forces of yield state are the
benchmark of sufficiency ratio.
An every storey displacement of yield state is 30mm.
Storey stiffness is the quotient of storey resistant forces
over displacement of yield state.
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These figures show that 12 of 150mm section size
continuum column do not even storey displacements,
and do not improve the minus stiffness at large
displacement. These figures show that 4 of 240mm
section size continuum column even storey
displacements. The section size of 8 continuum columns
which even storey displacement is 180mm in 0.6 m/m2
non-structural wall and 1.0 storey sufficiency ratio,
210mm in 0.6 m/m2 non-structural wall and 1.5 storey
sufficiency ratios, and 210 mm in 0.4 m/m2 nonstructural wall and 1.5 storey sufficiency ratios. This
means that the increase of 2nd floor structural wall
makes the demand section size large. And the section
size of 8 continuum columns which even storey
displacement 0.4 m/m2 non-structural wall is same in 0.6
m/m2 non-structural wall. Considering in safe side, the
demand continuum columns are 8 continuum columns
with 210mm section size, or 12 continuum columns with
180mm section size.
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Figure 7: Relation between base shear and storey
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ratio 1.5)

0

10
20
Representative disp.(cm)

30

0

0

10

20
１F storey disp.(cm)

30

d) 240mm square column
Figure 8: Relation between base shear and storey
displacement (non-structural wall 0.4m/m2, storey sufficiency
ratio 1.0)

WCTE 2016 e-book | 5356

0.5
0.4

20

n=4

Co

10

0.3

0.2
0.1
0

10
20
Representative disp.(cm)

0

30

0

10

20
１F storey disp.(cm)

30

Figure 9: Relation between base shear and storey
displacement (1st floor sufficiency ratio 3.0, storey sufficiency
ratio 1.0, 120mm column)

0.5
0.4
Co

0.2

0.1
0.0

a) 120mm square column
0.7

0.6

0

30

n=4
n=8
n=12

0.5
0.4

0

10

20
１F storey disp.(cm)

30

n=4
n=8
n=12

20

Co

0.2

n=4
n=8
n=12

0.5

10

20
１F storey disp.(cm)

30

n=4
n=8
n=12

20

10

0.2

n=4
n=8
n=12

0.5
0.4

0

10

20
１F storey disp.(cm)

30

n=4
n=8
n=12

20

Co

10
20
Representative disp.(cm)

b) 180mm square column
0.7
0.6

0

30

n=4
n=8
n=12

0.5
0.4

0

10

20
１F storey disp.(cm)

30

n=4
n=8
n=12

20

10

0.3

10

0.3

0

Co

0.6

0

30

2F storey disp.(cm)

10
20
Representative disp.(cm)

2F storey disp.(cm)

0.0
0

0.7

0.2

0.2

0.1

0.1

0.0

0.7
0.6

0

30

n=4
n=8
n=12

0.5
0.4

0

10

20
１F storey disp.(cm)

30

n=4
n=8
n=12

20

Co

0.2

10
20
Representative disp.(cm)

c) 210mm square column
0.7
0.6

30

n=4
n=8
n=12

0.5
0.4

0

10

20
１F storey disp.(cm)

30

n=4
n=8
n=12

20

10

0.3

10

0.3

0
0

Co

10
20
Representative disp.(cm)

2F storey disp.(cm)

0

c) 180mm square column

0.2
0.1

0.1
0.0

0.7
0.6

0

0.1

b) 150mm square column

0.0

a) 150mm square column

0

30

0.3

0.1
0.0

10
20
Representative disp.(cm)

0.4

10

0.3

0

Co

10
20
Representative disp.(cm)

2F storey disp.(cm)

0

n=4
n=8
n=12

20

10

0.2

0.1
0.0

0.5
0.4
0.3

10

0.3

0.6

Co

0.6

n=4
n=8
n=12

0.7

n=4
n=8
n=12

20
2F storey disp.(cm)

n=4
n=8
n=12

0.7

2F storey disp.(cm)

0.0
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CCo disp.(cm)
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Viewed broadly, the increase of the section size or the
number of continuum column makes the storey
displacements even in Fig. 10-14.
In the case that the demand section size seems narrow
(Fig. 10), 12 continuum columns with 120 mm section
size or 4 continuum columns over 120 mm section size
are necessary. This means that the continuum columns
with 120 mm section size are not useless in actual
structural design.
The sufficiency ratios in actual design are shown in Fig.
11 – 14. Viewed broadly, 4 continuum columns with
240mm section size are only able to even storey
displacements in anytime. In addition, 8 continuum
columns are able to even storey displacements. The
demand section size of 8 continuum columns is shown in
Table 2. Table 2 suggests that 150mm section size is
enough to even each storey displacement. But I
recommend using section size in Table 3 to minimize the
deference between the 1st storey displacement and the 2nd
storey displacement.

2F storey disp.(cm)

1st floor sufficiency ratio is from 1.0 to 3.0, 2nd floor
sufficiency ratio is from 1.0 to 4.0 and from reference [2].
The relation between the representative displacement
and its base shear coefficient, and the relation between
1st floor storey displacement and 2nd floor storey
displacement are shown in Fig.9-14.
The case in that distribution of storey resisting force of
yield state is equal to the distribution of seismic force
evens the storey displacements. A sample of this case is
shown in Fig. 9.

0
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Representative disp.(cm)

30

0

0.0
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20
１F storey disp.(cm)

30

0
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20
Representative disp.(cm)

30

0

0

10

20
１F storey disp.(cm)

30

d) 210mm square column

d) 240mm square column

Figure 10: Relation between base shear and storey
displacement (1st floor sufficiency ratio 1.0, storey sufficiency
ratio 1.5)

Figure 11: Relation between base shear and storey
displacement (1st floor sufficiency ratio 2.0, storey sufficiency
ratio 1.5)
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（Every floor area 60m2）
Table 3: Section size of even storey displacement effect with 8
columns (recommended)

1.5
2.0

（Every floor area 60m2）

Eight continuum columns whose section size is 210mm
even the storey displacements subjected to 112.8kN of
1st floor resistant force on the safe side.
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n=8
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2F storey disp.(cm)

storey
sufficiency ratio

1st floor sufficiency ratio
1.0
2.0
3.0
150
180
210
180
210

2F storey disp.(cm)

1.5
2.0

2F storey disp.(cm)

storey
sufficiency ratio

1st floor sufficiency ratio
1.0
2.0
3.0
150
150
180
150
180

2F storey disp.(cm)

Table 2: Section size of even storey displacement effect with 8
columns

In comparison to the demand continuum column in
Japanese wooden house (in the preceding section), 8
continuum columns with 210mm section size are also
necessary in this section.
Next, the response analysis is executed to check the
section size and the total number of continuum columns.
This case is in 2.0 of 1st floor sufficiency ratio, 2.0 and
1.5 of storey sufficiency ratio, 150-240mm of section
size, and 8 continuum columns. This case in 2.0 of
storey sufficiency ratio is the most sever for continuum
columns.
Three earth quake motions are used in these response
analyses, magnifying their accelerations.
Results are shown in Fig. 15 and 16. In these Figure, the
positive and negative maximum storey displacements are
plotted against 3 earthquake motions. In addition, the
storey displacements calculated by pushover analysis are
also plotted.
Viewed broadly, the plotted line by pushover analysis
comes near the plotted lines by these earthquake
response analyses well. But some 1st storey
displacements by these earthquake response analyses are
larger than the plotted line by pushover analysis.

0.2
0

10

20
１F storey disp.(cm)

30

d) 240mm square column
Figure 12: Relation between base shear and storey
displacement (1st floor sufficiency ratio 3.0, storey sufficiency
ratio 1.5)
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d) 240mm square column
Figure 13: Relation between base shear and storey
displacement (1st floor sufficiency ratio 1.0, storey sufficiency
ratio 2.0)
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b) 180mm square columns
Pushover
tak000
86Elcentns
86Hachinew

0

10

20
１F storey disp.(cm)

30

Pushovwer
tak000
86Elcentns
86Hachinew

20

10

0
0

10

20
１F storey disp.(cm)

30

n=4
n=8
n=12

0.6
0.5
0.4

2F storey disp.(cm)

20

0.7

Co

10

0.3

n=4
n=8
n=12

0.2
0.1
0

10
20
Representative disp.(cm)

0

10

20
１F storey disp.(cm)

30

d) 240mm square columns

c) 210mm square column

0.0

0

10

0.3

0.0

10

c) 210mm square columns

b) 180mm square column

0.5

Pushover
tak000
86Elcentns
86Hachinew

20

0

0

30

0.6

20
30
１F storey disp.(cm)

a) 150mm square columns

10

0.3

0.0

n=4
n=8
n=12

20

0.6

10

10

a) 150mm square column
0.7

0

2F storey disp.(cm)

0.0

0

20

10

0.3

10

2F storey disp.(cm)

0.6

n=4
n=8
n=12

20
2F storey disp.(cm)

n=4
n=8
n=12

0.7

Pushover
tak000
86Elcentns
86Hachinew

20

2 storey disp.位(cm)

In Fig. 15, the case in 150 mm of section size shows that
continuum columns do not even the storey displacements
in all case. But the case in 180 mm of section size shows
that continuum columns even the storey displacements
slightly in any case. And more, the case in 210 mm of
section size shows that continuum columns are able to
even the storey displacements in any case.
In Fig. 16, the case in 150 and 180 mm of section size
shows that continuum columns even the storey
displacements slightly in any case. And more, the case in
210 mm of section size shows that continuum columns
are able to even the storey displacements in any case.
These results shows that 8 continuum column with 210
mm of section size are good for 60m2 wooden house.
This result is the same result by the pushover analysis.
Also above result, I recommend using 210mm section
size to minimize the deference between the 1st storey
displacement and the 2nd storey displacement from Fig.
15 c).

30

0

0

10

20
１F storey disp.(cm)

30

d) 240mm square column
Figure 14: Relation between base shear and storey
displacement (1st floor sufficiency ratio 2.0, storey sufficiency
ratio 2.0)

Figure 15: Comparison between pushover analysis and
response analysis (1st floor sufficiency ratio 2.0, storey
sufficiency ratio 2.0, 8 continuum columns)

These discussions are summarized as follows: eight
continuum columns are required to even every storey
displacement for 60m2 floor area. The require section
size is shown in Table 3. If the floor area is deference,
the numbers of continuum columns are proportionated to
the floor area.
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The maximum bending moment from this compensation
force must be less than the bending strength of
continuum columns. Therefore, the maximum bending
moment of a continuum column is as follows:

20

0

(2)

Pushover

b) 180mm square columns

0

where, Qi is i storey resistant force.
Assuming the 1t floor collapse, the eq(1) is written as
follows:

where, Co is base shear coefficient, and g is acceleration
of gravity.
The compensation force of continuum columns is the
difference of 2nd storey resistant force and seismic force
as follows:

40
１F storey disp.(cm)

10

(1)

h1
F2 .  Q2  P1
h1  h2

F1  F2 .  1.0(m1  m2 ) gCo  Q1

a) 150mm square columns

10

h2
h1  h2

30

d) 240mm square columns
Figure 16: Comparison between pushover analysis and
response analysis (1st floor sufficiency ratio 2.0, storey
sufficiency ratio 1.5, 8 continuum columns)

3.3 ESTIMATION OF CONTINUUM COLUMNS
In this section, the accounting of demand number of
continuum columns is discussed. The equilibrium
equation in Fig. 3 is as follows:



m2
(Q2  F2 )h2   Q2  1.4
Q1 h2
m1  m2 


(4)

Table 4 is the bending strength and shear strength of
continuum column. Table 5 is the demand number of
continuum column from Table 4 and eq. (4). The
Necessity number of continuum columns from Fig. 1014 is shown in Table 6. By comparison between Table5
and Table 6, the total number in Table 5 is more than
that in Table 6 in some case. The demand number of
continuum column from Table 4 and eq. (4) is not far
from the minimum number of continuum columns.
Table 4: Strength of a continuum column
Section
Bending
moment(kN m)
Sear force(kN)

150mm
9.3

180mm
16.0

210mm
25.5

240mm
38.0

3.4

5.9

9.3

13.9

Table 5: Necessity number of continuum columns
1st
floor
sufficiency
ratio
1.0
2.0
3.0

storey
sufficiency
ratio
1.5
2.0
1.5
2.0
1.5

150
mm

180
mm

210
mm

240
mm

4
8
8
15
11

3
5
5
9
7

2
3
3
6
4

1
2
2
4
3
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Table 6: Necessity number of continuum columns from Fig. 1014
1st
floor
sufficiency
ratio
1.0
2.0
3.0

storey
sufficiency
ratio
1.5
2.0
1.5
2.0
1.5

150
mm

180
mm

210
mm

240
mm

4
8
8
12

4
4
4
8
8

4
4
4
8
4

4
4
4
4

4 CONCLUSIONS
In this report, the effect of continuum column to even
storey displacements is discussed. As a result, it is
shown that 8 continuum column with 210 mm of section
size are good for 60m2 wooden house. And the
accounting of demand number of continuum columns is
discussed.
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DEVELOPMENT OF GLULAM COLUMN－
－RC BASE CONNECTION
SYSTEM FOR MULTI－
－STORIES LARGE－
－SCALE TIMBER BUILDING
Nozomi Sato1, Kazuki Uetsuki1, Kei Tanaka1, Tsuyoshi Hagino2, Kenji Noda2,
Norihiko Satomura3, Mikio Koshihara4 and Masafumi Inoue5
ABSTRACT: In Japan, the moment resistance connections of large-scale timber building are inefficiency in terms of
time and economic, because connections and column base hardware are custom-made to obtain the required
performance. To improve this problem, it is necessary to unify standardization of their connection. At first, in this study,
we focused on column-base connection, the horizontal loading tests in on order to develop the column-base connection
system for multi-stories large-scale timber building were carried out. The yield moment obtained from tests exceeded
the target value, on the other hand, the joint translation angle at yield point did not satisfy the target value because of the
large initial slipping.

KEYWORDS: Multi-stories Large-scale Timber building, Column-base Connection, LSB, GIR,

1 INTRODUCTION 123
The moment resistance connections of large-scale timber
building are inefficiency in terms of time and economic,
because connections and metal connector are custommade to obtain the required performance. To improve
this problem, it is necessary to unify standardization of
connections. So, in this study, some prototypes of
joining were proposed and horizontal loading tests were
carried out.

moment and joint translation angle. The glulam are
composed of E65-F225 grade lamina of Japanese cedar
specified by Japanese Agricultural Standard (JAS) made
from Japanese Cedar. Cross section of glulam column is
240mm × 600mm.

Glulam column
Connector

2 TARGET VALUE OF STRUCTURAL
PERFORMANCE
Figure 1 shows the schematic diagram of the joint detail.
Table 1 shows the list of the target value of structural
performance. Figure 2 shows the relation between target
1
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kei@oita-u.ac.jp
2
Tsuyoshi Hagino, Kenji Noda, Asahi Kasei Construction
Materials Corporation, Kandajinbocho 1-105, Chiyoda-ku,
Tokyo, Japan, hagino.tb@om.asahi-kasei.co.jp,
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Shear key
Column-base
hardware
Anchor bolt

RC base
Figure 1: Schematic diagram of the joint detail
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Table 1: List of the target value of structural performance
Structural Performance

Target Value

allowable load for
temporary loading

106 kN ･ m
50%+α of allowable bending load
of the glulam

joint translation angle
at yield point

1/300rad

joint translation angle
at ultimate point

1/60～1/50rad

②Shearing performance

allowable load for
temporary loading

172 kN
temporary shearing loading
of the glulam

③Compression performance

allowable load for
temporary loading

1612kN
temporary compression loading
of the glulam (parallel direction)

①Bending performance

④Yield and failure position

Table 2: List o f specimens

column base hardware

specimen
name

type of column
base hardware

anchor bolt
type of connector
size
GIR
deformed steel bar
(D 22)

370

GIR
hollow full
thread bolt
(Toughness type,
M 24)

625

M30

GIR
deformed steel bar
(D 29)

625

M30

GIR
hollow full
thread bolt
(Toughness type,
M 24)

625

6

LSB(Φ 25)

400

12

GIR
hollow full
thread bolt (M 24)

250

10

LSB(Φ 25)

400

8

AO-DB

M 33
AO-HC

integrated type

AO'-DB

ST-HC

plate type

KH-LSB

moment(kN・m)
150

separated type

M 24

KH-HC

taget performance line
GW-LSB

106
100

deformation control
type

embedded length of number of
connector (mm)
connector

M 33

6

1/200

1/50
joint translation angle(rad)

Figure 2: Relation between target value of bending moment
and joint translation angle

3 SPECIMENS
Table 2 shows the list of specimens. Photo 1 shows
Lagscrewbolt (LSB). See [1] for a full account of LSB.
Photo 2 shows toughness type connector. Photo 3, 4, 5, 6,
7 and 8 show a summary of column-base hardware. The
parameters of this test are the shape of column-base
hardware and the kinds of metal connector which
connects timber to column-base hardware. It is prepared
5 types of column-base hardware such as integrated type
(type AO and type AO´), plate type (type ST), separated
type (type KH) and deformation control type (type GW).
Three kinds of connector which connects timber to
column-base hardware as LSB, deformed steel bar and
hollow full thread bolt are prepared. Hollow full thread
bolt has two types, such as normal type and toughness
type. Deformed steel bar and hollow full thread bolt are
a kind of the Glued-in Rod (GIR) connection system.
See [2] for a full account of GIR. The adhesive used in
the GIR joints is epoxy resin adhesives. Curing period of
adhesive is for 14days. Number of specimen is 3 in each
7 types.

Female thread (Inside):
M16-nut specificaztion

Photo 1: Lagscrewbolt (LSB)

Portion extending

Photo 2: Toughness type connector

4
3
(total 21)

50

0

number of
specimen
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Photo 3: Type AO hardware

Photo 6: Type KH hardware

Photo7: Type GW hardware
Photo 4: Type AO’ hardware

4 TEST METHOD
The loading tests are carried out according to the rule
specified by the testing manual of Japanese standard [2].
Figure 3 shows the loading program. Figure 4 and Photo
8 show the test set-up. Horizontal cyclic loads are
applied to specimens by oil jack with 350 kN capacity.
The bracings are installed to prevent the slant to out-ofplane. The cyclic loading protocol consist deformations
to give apparent joint translation angles of 1/450, 1/300,
1/200, 1/150, 1/100, 1/75 and 1/50. In each cyclic loop, 3
cycles loading is applied.

Photo 5: Type ST hardware
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Joint translation angle（rad）
1/15
1/50

1/50
1/75

1/100
1/450

1/300

1/200

1/150

5 RELATIONSHIPS BETWEEN
MOMENT AND JOINT
TRANSLATION ANGLE
Figure 5, 6, 7, 8, 9, 10 and 11 show the relation between
moment and joint translation angle of the typical
specimens in all tests. In addition, the target performance
lines are shown by dotted line. Photo 9, 10, 11, 12, 13,
14 and 15 show the failure mode.
Moment is determined by Equation (1).

1/100

0

-1/100

M = PH

-1/50

1

2

3

4

5

6

7

Figure 3: Loading program

Load cell

750
Figure 4: Test set-up

Photo 8: Test set-up

Where M is moment, P is value measured by load cell, H
is distance from column-base hardware to the hole center
for loading of column.
Joint translation angle is determined by Equation (2).

Pull

Oil jack

(1)

Push

Laser displacement
tranceducer

γ =

(δ 1 − δ 2 )
H

(2)

Where γ is the joint translation angle, δ1 is the horizontal
displacement of the column, δ2 is the relative
displacement of horizontal direction of specimen base.
In case of AO-DB series, the initial slipping was hardly
observed. At the end of test, bending deformation of the
column-base hardware and cracking of base mortar were
observed. The moment fell down suddenly due to the
splitting failure of glulam in the point of deformed steel
bar inserted.
In case of AO-HC series, the initial slipping was slightly
large. At the end of the test, bending deformation of the
column-base hardware and cracking of base mortar were
observed. The moment fell down suddenly due to
rupture of the connector.
In case of AO’-DB series, the initial slipping was
slightly large. At the end of the test, bending
deformation of the column-base hardware and cracking
of base mortar were observed.
In case of ST-HC series, the initial slipping was small.
The moment fell down suddenly due to rupture of the
connector.
In case of KH-LSB series, the initial slipping was large.
At the end of the test, extending of anchor bolt was
observed. The moment fell down slowly due to rupture
of the high-tension bolt that binding the LSB and the
column-base hardware.
In case of KH-HC series, the initial slipping was slightly
large. At the end of the test, cracking of base mortar and
extending of anchor bolt were observed.
In case of GW-LSB series, the initial slipping was very
large. At the end of the test, rotational deformation of
the column-base hardware was observed.
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moment(kN・m)
300

AO-DB No.1

250
200
150
100
50
-0.04

0
-50

0

0.04

0.08

-100
-150
-200
joint translation angle(rad)

Figure 5: Relation between moment and joint translation
angle (AO-DB)

Photo 10: Failure mode (rupture of the connector, AO-HC
series)

moment(kN・m)
300

AO'-DB No.1

250
200
150
100
50
-0.04

0
-50

0

0.04

0.08

-100
-150
-200
joint translation angle(rad)

Photo 9: Failure mode (the splitting failure of glulam, AO-DB
series)

moment(kN・m)
300

Figure 7: Relation between moment and joint translation
angle (AO’-DB)

AO‐HC No.1

250
200
150
100
50
-0.04

0
-50

0

0.04

0.08

-100
-150
-200
joint translation angle(rad)

Figure 6: Relation between moment and joint translation
angle (AO-HC)

Photo 11: Failure mode (the splitting failure of glulam, AO’DB series)
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Figure 8: Relation between moment and joint translation
angle (ST-HC)

Photo 13: Failure mode (extension of anchor bolt, KH-HC
series)
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Photo 12: Failure mode (rupture of the connector, ST-HC
series)
moment(kN・m)
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Figure 10: Relation between moment and joint translation
angle (KH-HC)
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Figure 9: Relation between moment and joint translation
angle (KH-LSB)

Photo 14: Failure mode (rupture of high tension bolt, KHLSB series)
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Figure 11: Relation between moment and joint translation
angle (GW-LSB)

yield moment
average
target value （106kN・m）

0
0
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KH-HC 6
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Figure 12: Yield moment

Figure 13 shows the joint translation angle at yield point.
Incidentally, the dotted area shows the range of
satisfying the target performance. In joint translation

angle at yield point, the average values were almost same as
the target value, although ST-HC series showed some
variation. In other series, the averages value showed higher
than the target values. It appears to be influenced by the
large initial slipping. Compared to each series, GW-LSB
series showed the highest value, showed 2.9 times higher
average value than the ST-HC series that showed the lowest
value.
(×10-2rad)

1.8

Photo 15: Failure mode (rotational deformation of the
Column-base hardware, GW-LSB series)

1.6

joint translation angle at yield
point
average

1.4

target value （1/200rad）

1.2

1/150rad

1.0
0.8

6 YIELD MOMENT AND
JOINT TRANSLATION ANGLE
AT YIELD POINT
Figure 12 shows the yield moment. Incidentally, the
dotted area shows the range of satisfying the target
performance. In yield moment, the average value in all the
series exceeds the target value (= 106kN · m), this result
shows satisfying the target performance for the yield
moment. Compared to each series, AO'-DB series showed
the highest value, and 1.5 times higher average value than
the ST-HC series with the lowest value. In addition,
compared to the other series, KH-LSB series and GW-LSB
series had some variation. It is thought to be due to
variations in construction accuracy at the time of LSB
insertion.

0.6
0.4
0.2
0.0
0

AO-DB 2
AO'-DB 4 KH-HC 6
GW-LSB 8
AO-HC
ST-HC
KH-LSB

Figure 13: joint translation angle at yield point

7 ULTIMATE MOMENT AND
JOINT TRANSLATION ANGLE
AT ULTIMATE POINT
Figure 14 shows the ultimate moment for all specimens.
Compared to the ultimate moment of each series, AO'DB series showed the highest value, and 1.5 times higher
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average value than the ST-HC series with the lowest
value. In addition, compared to the other series, KH-LSB
series and GW-LSB series had some variation. This
phenomenon occurred because failure mode was variety.
(kN・m)
250

200

150

100

50

ultimate moment
average

0
0

AO-DB

KH-HC 6 GW-LSB
2 AO'-DB 4
AO-HC
ST-HC
KH-LSB

8

Figure 14: Ultimate moment

Figure 15 shows the yield moment. Incidentally, the
dotted area shows the range of satisfying the target
performance.In joint translation angle at ultimate point,
the average value in all the series exceeds the target
value (=1/30rad), it shows results satisfying the target
performance for joint translation angle at ultimate point.
Compared to each series, AO-HC series showed the
highest value and 1.7 times higher average value than the
ST-HC series that showed the lowest value. In addition,
variability of AO-HC series, ST-HC series, KH-LSB
series and GW-LSB series was small, but variability of
AO-DB series, AO’-DB series and KH-LSB series was
large. It is considered that there were specimens which is
different from expected failure mode.

7.0
6.0
5.0
4.0
3.0

joint translation angle at ultimate point
average

1.0

target value （1/50rad）
1/30rad

0.0
0

In this study, some of the prototype of connecting
method were proposed and horizontal loading tests for
some connecting method were carried out.
In yield moment, the average value in all the series
satisfied the target performance. AO'-DB series showed
the highest value, and 1.5 times higher average value
than the ST-HC series that showed the lowest value.
In joint translation angle at yield point, the average value
of ST-HC series was almost same as the target value.
However, in other series, joint translation angle at yield
point did not satisfy the target value because of the large
initial slipping.
The ultimate moment of AO'-DB series showed the
highest value and 1.5 times higher average value than the
ST-HC series that showed the lowest value.
In joint translation angle at ultimate point, the average
value in all the series satisfied the target
performance.AO-HC series showed the highest value
and 1.7 times higher average value than the ST-HC
series that showed the lowest value.
In future, we have the plan of the accumulation of
experimental data for column-base connection.
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COMPARISON OF THE SEISMIC PERFORMANCE OF DIFFERENT
HYBRID TIMBER-STEEL FRAME CONFIGURATIONS
Jose Alberto Marin1, Minjuan He2
ABSTRACT: This paper presents a finite element modeling case study of three different designs of hybrid timber-steel
6-story buildings. One of the buildings is composed by steel frames and timber diaphragms while the other two cases
consist of the initial design with timber shear walls added in different dispositions, one with outer walls and the other
with inner walls. Based on the deformation characteristics of the elements under lateral loading, the timber diaphragm
and shear wall were modeled by springs to simulate the in-plane stiffness and simplify the structural modeling. The
models were analyzed in Abaqus with time-history method under different earthquakes and compared between them.
The results showed that lateral forces and displacements were more irregularly distributed in the presence of timber
shear walls than in the bare frames while the inter-story drift ratios decreased when timber shear walls in place; using
timber shear walls could lead to a maximization of the performance of an existing design without having to appeal
bigger sections but the presence of shear walls could lead to irregular efforts in the building.
KEYWORDS: Timber-steel structures, Timber diaphragm, Timber shear wall, Seismic analysis, Case study, Abaqus

1 INTRODUCTION 123
As an alternative to traditional materials, wood is an
attractive choice because of its carbon storage and low
embodied energy characteristics. The use of this material
in construction has traditionally been restricted to light
wooden frame construction for townhouses. However,
the increase of urban densities and awareness concerning
global warming is forcing to adopt wood in multi-story
building projects.
As a consequence, in the recent time there has been a
flowering in the application of wood in mid-rise designs.
Two are the ways to include wood in mid-rise buildings
and hybridizing the design. One the one hand, the use of
wood in creating composite members, such as timberconcrete composite floors, aims to force different
materials resist together as a one structural whole. On the
other hand, designs can be hybridized at a structural
level by including different load bearing members of
different materials. Because of the short time that has
passed since the beginning of this consciousness, few are
the literature available focusing in multi-story timber
buildings. Like in [1-7], there has been some research in
the last two decades on modeling hybrid buildings and
timber buildings and studying seismic performance.
In this paper, a basic type of hybrid structure, combining
steel frames and wooden diaphragms is raised along with
two modified designs including timber shear walls in
different zones. In the hybrid structure, the steel is used
1

Jose Alberto Marin, MSc Candidate, Tongji University, 1239
Siping Road, Shanghai, China, jamarincampo@hotmail.com
2
Minjuan He, Professor, Tongji University, 1239 Siping Road,
Shanghai, China, hemj@tongji.edu.cn

to build up frames, providing resistance for horizontal
and lateral loads, while the timber diaphragm is used as
floor system. In this scenario, the timber shear walls are
placed in order to increase the horizontal resistance of
the building to improve the seismic performance of the
original design in order to upgrade it without having to
increase size of the steel elements, which would lead to
higher environmental damages and higher foundation
costs. However, the changes in the designs can lead to
desired and undesired consequences that have to be
studied in order to provide the resulting tendencies of the
use of this solution.

2 SIMPLIFIED TIMBER DIAPHRAGM
AND SHEAR WALL
Because of the number of elements present in real large
hybrid structures and the number of cases used for the
study, it is very time-consuming and complex to set-up
structural model, which includes all the details of the
structure. Consequently, the timber elements were
replaced by diagonal spring elements as seen in Figure 1.
The data collected at Tongji University permitted to
know the stiffness of the different types of timber
elements aimed to be modeled. The parameters were
adapted in order to fit with the different openings and
dimensions presented in the study. From there, spring
stiffness, ks, was obtained and then the diagonal spring
stiffness, kd, was calculated.
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Figure 1: Simplified timber element

Once the diagonal stiffness calculated, each diaphragm
and shear wall was modelled in Abaqus with a couple of
spring elements SPRING2 using the obtained kd. These
elements provided the corresponding stiffness by
connecting two points in a direction coupling a force
with a relative displacement.
On the contrary, steel elements such as beams and
column could be directly modelled while maintaining an
acceptable computational cost. Using B31-elements, the
material characteristics and constitutive equations could
be directly input, obtaining a desired performance during
elasticity or if yielding is attained.

dimensions because of the beams and columns
disposition. The dimensions are 6000x6000mm and
2700x6000mm, providing a stiffness of 1993N/mm and
418N/mm respectively. Both diaphragms are blocked,
have APA rated OSB sheathing with performance
category 19/32 with 14.68mm thickness with 3mm gap.
The joists grade are NLGA grade IIc with dimensions
39x190mm, dimension lumber, m.c. 17 percent, and
spaced by 300mm. The panels are attached to the
framing members with 82mm long x 3.8mm diameter
nails at 150mm along edges and at 300mm on center
along the intermediate supports.
The basic project is then stiffened by two different ways.
First, timber shear walls are added along the outer
perimeter that is in axis A, D, 1 and 7, enabling freedom
to provide the desired interior distribution for different
possible users as it can be seen in Figure 3. Due to the
fact that in reality, full shear walls would not provide
enough serviceability for occupants for the lack of light
and ventilation, the shear walls along 6m bays are
provided with 2x1m openings in order to meet human
requirements, while the shear walls installed along 2.7m
bays are provided with 1x1m openings.

3 SEISMIC ANAYLISIS OF THE
DIFFERENT CONFIGURATIONS
Since the main objective of this paper is to compare
different configurations of hybrid timber-steel buildings,
three were the configurations modelled in Abaqus and
calculated from the time-history method.
3.1 PROJECT INTRODUCTION
3.1.1 Design and configurations
The basic project is a 6-story building with a floor height
of 3.9m, constructed by steel frame and a wood
diaphragm, the structural plan view is Figure 2. The
earthquake design group is 2, seismic fortification
intensity is 7, basic design acceleration of ground motion
is 0.1g, site classification is II, and the design antiseismic grade is 3, characteristic period of ground
motion is 0.40 s, seismic influence coefficient is 0.08.

Figure 3: Plan view of the project with outer shear walls

To provide another spatial configuration using timber
shear walls, the outer walls are replaced by placing shear
walls with door openings in B and C and shear walls
without openings in axis 2, 3, 4, 5 and 6 conditioning the
inner distribution but taking advantage of the necessity
of walls inside the building as seen in Figure 4. Hence,
the distribution does not condition the façade, enabling
to be adapted to the landscape requirements.

Figure 2: Plan view of the basic structure

The beams are I-sections H300x200x8x12 while
columns are I-sections H300x300x10x15. All the steel
elements have a steel grade Q235. The basic project also
presents timber diaphragms with two different

Figure 4: Plan view of the project with inner shear walls

The timber shear walls are based on the same design as
the diaphragms. However, in order to obtain a higher
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stiffness, the walls were designed with double sheathing,
with 400mm spacing for the joists, panels attached to the
framing members at 75mm along the edges and at
150mm on center along the intermediate support,
providing a stiffness of 5560N/mm. Notwithstanding, the
presence of openings decreases the stiffness. The drop in
stiffness is calculated from a conservative approach by
calculating an equivalent stiffness considering as noncontributing the length of the opening.
The different designs were studied in terms of their
natural frequencies. The natural frequencies are listed in
Table 1, where X, Y and T represent the correspondent
type of deformation: translational in X, translational in Y
and rotational respectively. The values encountered were
in line to the ones obtained in similar existing buildings.
As it can be observed, the hybrid frame initial flexibility
decreases when shear walls are added, mirroring the idea
of stiffening and strengthening the design in order to
reduce the possible earthquake damages. Furthermore,
apart from the stiffness added, the positioning of the
shear walls also plays a role in the dynamic properties of
the building as shown in the change of order in the
period’s nature.

4
5
6
7
8
9

El Centro EW
El Centro EW
El Centro EW
Shanghai Wave 1
Shanghai Wave 1
Shanghai Wave 1

0.07g
0.2g
0.4g
0.07g
0.2g
0.4g

Figure 5: El Centro NS time history accelerations (cm2/s)

Table 1: Designs’ natural frequencies

Project
1st Period (s)
[Nature]
2nd Period (s)
[Nature]
3rd Period (s)
[Nature]

Bare
hybrid
frame
1.504
[X]
1.126
[X]
1.016
[X]

Outer
walls
added
1.187
[Y]
1.094
[Y]
0.953
[T]

Inner
walls
added
1.106
[T]
0.885
[T]
0.892
[Y]

3.1.2 Loading
The three cases presented were used to study the
response of different possible configurations covering
the use of a traditional technology such as wood in an
innovative approach as in timber-steel hybrid frames. In
order to study the suitability of this technology in lowrise multistory buildings, the different projects were
subjected to three different historic seismic records in
both directions of the building. Two of the selected
waves were recorded during the historic earthquake of
1940 El Centro Earthquake (North-South and East-West)
whereas the last one is a built wave aiming to represent
the characteristic earthquakes in the Shanghai Area. The
three wave records are shown in Figure 5, 6 and 7. Each
of the waves was scaled to three different Peak Ground
Accelerations (P.G.A.), as required in the Chinese Code
of Buildings for seismic intensity 8. The cases are listed
in Table 2.
Table 2: Seismic loading cases

Case
1
2
3

Earthquake
El Centro NS
El Centro NS
El Centro NS

P.G.A.
0.07g
0.2g
0.4g

Figure 6: El Centro EW time history accelerations (cm2/s)

Figure 7: Shanghai Wave 1 time history accelerations (cm2/s)

In order to introduce the different lateral loadings, the
forces were input in the model as an acceleration
boundary condition in the column bases. Additionally,
the static loading, including dead load of 1.0 kN/m2 and
live load of 2.0 kN/m2, was introduced by means of
inertia point masses.
3.2 GENERAL RESULTS
The time-history method was used to obtain numerical
results of the seismic performance in the event of
different earthquakes. By this way, the performance of
the buildings was explained in terms of accelerations,
base shear, displacement and inter-story drift.
3.2.1 Bare Hybrid Steel Timber Frame
The Bare Hybrid Steel Frame represents the results of a
simple multi-story building without any extra feature and
can be taken as the base case from which extract the
conclusions of the consequences of adding the shear
walls.
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In terms of accelerations, the obtained data was in line
with what could be expected from the input waves.
Tables 3 and 4 show the obtained maximum
accelerations. Generally, accelerations increased for
higher story and greater peak acceleration.
Table 3: Maximum X Story accelerations (mm/s2) for bare
frame

Story
Case
1
2
3
4
5
6
7
8
9

1

2

3

4

5

6

945
2517
4785
982
2808
5371
878
2396
4882

1110
3024
5796
1077
3080
6162
1157
2748
5218

1083
2945
5645
1050
3002
5940
1433
3093
5300

788
2150
4120
909
2596
4398
1490
3595
5672

802
2188
4140
1045
2990
5753
1224
3074
5136

1080
2868
5647
1406
3022
6372
1536
3638
6280

Table 4: Maximum Y Story accelerations (mm/s2) for bare
frame

Story
Case
1
2
3
4
5
6
7
8
9

1

2

3

4

5

6

782
2344
4725
1218
3483
6280
1060
2938
4725

1270
3815
6980
1496
4275
8250
1157
3550
5356

1160
3482
6443
1466
4191
6910
1433
3204
5156

1140
3419
6608
1524
4357
8570
1490
4291
6258

802
2890
5672
1962
5466
8710
1224
4543
6125

1080
4182
8049
2523
7217
12300

1536
5087
8462

In terms of displacements, results showed typical
increase in height and peak acceleration as it can be seen
in Tables 5 and 6. Moreover, it can be seen that due to
the difference in stiffness, X direction presents higher
displacements.
Table 5: Maximum X Story displacements (mm) for bare frame

Story
Case
1
2
3
4
5
6
7
8
9

1

2

3

4

5

6

5
15
30
9
24
54
15
37
118

12
34
65
19
56
105
33
83
193

19
51
97
29
82
160
50
122
249

24
66
125
35
101
180
62
159
293

29
78
149
39
112
198
69
167
326

31
86
165
41
119
298
72
176
344

Table 6: Maximum Y Story displacements (mm) for bare frame

Story

1

2

3

4

5

6

Case
1
2
3
4
5
6
7
8
9

5
16
31
8
22
35
9
24
40

13
40
74
19
55
89
22
63
96

20
60
112
32
93
152
35
101
152

25
74
138
45
129
297
47
132
195

28
85
157
55
157
238
54
154
222

30
91
170
61
173
252
59
167
237

From the displacements, the inter-story drifts were
obtained. Tables 7 and 8 show the drifts ratios obtained
in the different inter-story. When comparing the ratios
with the Chinese Code requirements (elastic maximum
0.4%; plastic maximum 2%), it can be seen that the
building does not meet the requirements, explaining the
need of use stiffeners in order to upgrade the building.
Table 7: Maximum X inter-story drift ratios (%) for bare frame

Story
Case
1
2
3
4
5
6
7
8
9

1

2

3

4

5

6

.14
.39
.76
.22
.63
1.4
.38
.95
3

.18
.50
.96
.28
.81
1.5
.49
1.2
2.2

.18
.48
.92
.24
.69
13
.43
1
1.6

.16
.43
.83
.21
.60
1.1
.32
.78
1.3

.14
.39
.74
.20
.43
1
.23
.53
.88

.10
.26
.49
.12
.35
.67
.14
.30
.49

Table 8: Maximum Y inter-story story drift ratios (%) for bare
frame

Story
Case
1
2
3
4
5
6
7
8
9

1

2

3

4

5

6

.14
.41
.79
.20
.56
.51
.22
.63
1

.20
.61
1.2
.31
.89
1.5
.35
1
1.5

.17
.52
.99
.35
1
1.8
.35
1
1.5

.15
.45
.88
.33
.93
1.5
.29
.81
1.1

.12
.37
.74
.21
.72
1
.21
.57
.80

.08
.26
.51
.16
.64
.69
.13
.35
.49

3.2.2 Hybrid Frame with outer walls
The Bare Hybrid Steel Frame with added outer shear, as
described in 3.1.1., walls presented the following results.
In terms of accelerations, the obtained data was in line
with the previous case. Tables 9 and 10 also show the
obtained maximum accelerations, which increase in
height and peak acceleration.
Table 9: Maximum X Story accelerations (mm/s2) for frame
with outer walls
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Story
Case
1
2
3
4
5
6
7
8
9

1

2

3

4

5

6

884
2651
4755
1088
3142
6266
1188
3564
7430

1070
3200
6114
1429
4094
8054
1310
3750
7047

1100
3322
6487
1440
4153
8651
1472
4002
7501

1110
3289
6566
1287
3712
8001
1795
5082
9352

1330
4001
7568
1501
4328
8439
1617
4682
8662

1530
4572
9323
2159
6228
10941

1921
5577
8462

2

Table 10: Maximum Y Story accelerations (mm/s ) for frame
with outer walls

Story
Case
1
2
3
4
5
6
7
8
9

1

2

3

4

5

6

845
2540
5060
1080
3100
6060
1083
3080
6140

1400
4210
7390
1530
4370
8510
1160
3540
7080

1270
3820
6760
1300
3710
6710
1542
4330
6910

1160
3470
6370
1310
3730
7770
1601
4520
7180

1380
4150
7620
1530
4380
8620
1730
4910
8110

1930
5790
10700

2150
6150
12331

2180
6290

Table 11: Maximum X Story displacements (mm) for frame
with outer walls

1
6
19
40
8
22
49
11
31
65

2

3

4

5

6

13
39
78
16
47
98
24
68
123

18
53
106
23
66
136
36
101
176

24
71
139
29
83
170
44
125
214

29
87
169
35
101
207
50
139
235

31
94
183
39
113
232
52
146
249

Table 12: Maximum Y Story displacements (mm) for frame
with outer walls

Story
Case
1
2
3
4
5
6

8
23
41

21
61
110

33
96
179

43
123
226

50
143
251

54
154
265

From the displacements, the inter-story drifts were
obtained. Tables 13 and 14 show the drifts ratios
obtained in the different inter-story. When comparing the
ratios with the Chinese Code requirements it can be seen
that the building meets the requirements but by a small
difference, showing a slight improvement of the
building.
Table 13: Maximum X inter-story drift ratios (% ) for frame
with outer walls

Story
Case
1
2
3
4
5
6
7
8
9

1

2

3

4

5

6

.16
.41
1
.20
.57
1.3
.27
.79
1.7

.17
.52
1.1
.22
.63
1.3
.34
.97
1.7

.17
1
1
.20
.58
1.2
.30
.84
1.5

.17
.51
.98
.20
.59
1.1
.23
.67
1.2

.13
.40
.76
.17
.49
.98
.16
.44
.83

.08
.24
.48
.11
.32
.66
.10
.30
.44

11655

In terms of displacements, results showed typical
increase in height and peak acceleration as it can be seen
in Tables 11 and 12. Moreover, it can be seen that due to
the difference in stiffness, X direction still presents
higher displacements.

Story
Case
1
2
3
4
5
6
7
8
9

7
8
9

1

2

3

4

5

6

5
14
26
5
15
30

12
35
66
13
37
74

18
55
105
20
59
124

25
74
139
29
82
170

39
90
168
35
100
202

34
102
189
39
110
222

Table 14: Maximum Y inter-story story drift ratios (%) for
frame with outer walls

Story
Case
1
2
3
4
5
6
7
8
9

1

2

3

4

5

6

.12
.35
.67
.13
.38
.83
.21
.60
1

.18
.55
1
.20
.58
1.2
.29
.96
1.8

.19
.57
1.1
.23
.65
1.4
.31
.90
1.8

.19
1.3
1.1
.21
.60
1.2
.26
.72
1.2

.16
.49
.88
.16
.47
.91
.19
.53
.83

.11
.33
1
.11
.32
.63
.12
.34
.57

3.2.3 Hybrid Frame with inner walls
The Bare Hybrid Steel Frame with added inner shear
walls, as described in 3.1.1, presented the following
results.
In terms of accelerations, the obtained data was in line
with previous case but with more violent accelerations.
Tables 15 and 16 show the obtained maximum
accelerations which increase in height and peak
acceleration.
Table 15: Maximum X Story accelerations (mm/s2) for frame
with inner walls

Story
Case
1
2

1

2

3

4

5

6

902
2480

1040
2810

1240
3370

1320
3570

1660
4510

1800
4900
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3
4
5
6
7
8
9

4580
918
2630
4960
895
2360
4800

5020
1170
3380
6380
1100
3170
6530

5560
995
2840
5700
1510
4230
7090

6770
1100
3140
6260
1660
4710
8900

7880
1290
3680
7190
1740
4950
9560

9149
1730
4950
9870
1750
4990
9380

Table 16: Maximum Y Story accelerations (mm/s2) for frame
with inner walls

Story
Case
1
2
3
4
5
6
7
8
9

1

2

3

4

5

6

972
2860
5550
834
2380
4670
919
2430
530

1080
3360
7350
1240
3550
5240
1510
4310
6699

1400
3990
7450
1280
3650
7720
1810
5150
9660

1480
4350
7610
1310
3750
7050
2050
5860
8600

1740
5260
9320
1590
4550
8250
2053
5870

1913
5990

10100

11302

1730
2960
9810
3430
6050
9900

In terms of displacements, results showed typical
increase in height and peak acceleration as it can be seen
in Figures 17 and 18. Moreover, it can be seen that due
to the increase in stiffness, X direction presented similar
displacements as Y.
Table 17: Maximum X Story displacements (mm) for frame
with inner walls

Story
Case
1
2
3
4
5
6
7
8
9

1
9
20
46
7
20
43
11
31
65

2

3

4

5

6

18
49
93
15
42
87
23
65
127

26
72
134
22
63
127
33
94
179

33
90
168
28
80
161
41
117
220

38
105
194
33
93
187
47
132
246

42
113
209
35
101
202
49
139
260

Table 18: Maximum Y Story displacements (mm) for frame
with inner walls

Story
Case
1
2
3
4
5
6
7
8
9

1
6
17
34
6
16
30
8
23
52

2

3

4

5

6

14
40
74
13
38
78
19
54
111

21
59
107
21
59
122
28
81
158

27
77
132
27
76
157
36
103
192

31
89
149
31
89
181
41
118
214

34
22
161
34
96
195
44
127
226

From the displacements, the inter-story drifts were
obtained. Tables 19 and 20 show the drifts ratios
obtained in the different inter stories. When comparing
the ratios with the Chinese Code requirements it can be
seen that the building meets the requirements, showing
the greatest improvement of the building.
Table 19: Maximum X inter-story drift ratios (%) for frame
with inner walls

Story
Case
1
2
3
4
5
6
7
8
9

1

2

3

4

5

6

.22
.61
1.1
.18
.52
1.1
.28
.81
1.7

.25
.67
1.2
.20
.57
1.
.31
.88
1.6

.22
.60
1.1
.18
.52
.90
.26
.75
1.4

.19
.52
.93
.16
.45
.88
.20
.58
1.1

.14
.38
.68
.12
.34
.68
.14
.39
.75

.08
.21
.38
.07
.20
.48
.07
.20
.40

Table 20: Maximum Y inter-story story drift ratios (%) for
frame with inner walls

Story
Case
1
2
3
4
5
6
7
8
9

1

2

3

4

5

6

.16
.45
.88
.15
.42
.78
.21
.60
1.3

.20
.57
1,0
.20
.57
1.2
.28
.79
1.5

.19
.54
.94
.19
.53
1,1
.25
.58
1.2

.16
.46
.80
.16
.45
.89
.20
.56
.93

.12
.34
.60
.11
.32
.64
.13
.38
.64

.07
.17
.38
.07
.19
.38
.08
.23
.40

All in all, the general results were found to be coherent
with what could be expected in reality. The reading of
the different results provided somehow the idea of
improvement in the seismic performance when shear
walls added. A second lecture on the results focusing on
the most important aspects of the differences was
encouraged. The aim being to provide useful guidelines
when considering the addition of shear walls to improve
its seismic performance.

4 COMPARISON BETWEEN
CONFIGURATIONS
The comparisons of the obtained results enabled to
further understand the differences encountered in the
seismic performance. The different output variables
showed that the performance was different depending on
the studied configurations.
When considering the accelerations, the presence of
stiffened shear walls resulted in an increase in
accelerations in the different stories. As seen in Tables 3,
4, 9, 10, 15 and 16, the frame with inner shear walls
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presented in general the highest accelerations followed
by the frame with outer shear walls and the bare frame.
As for the story displacements, the addition of shear
walls generally reduced the values of the displacements.
Figure 8 shows the maximum displacements of the
different configurations for case 5. Same shape and
results were found for the rest of the cases. As it can be
observed the displacements were reduced gradually in
the different story. The frame with outer shear walls
presented results between the bare frame and the frame
with inner walls. Figure 9 illustrates the time history
displacements of the top story from the different designs
for case 5. The reduction both in time and maximum is
observed. In addition to the previously exposed
observations, the spatial distribution of the
displacements in the frames was also studied. Table 21
and 22 summarize the maximum displacements of the
upper story depending on the axis presented for case 6
(see Figure 2). The case studied represents the results
found in the other cases, which showed similar trends. It
was noticed that despite the general decrease, the
inclusion of stiffened axis either at the outer perimeter or
at the inner ones further decreased the displacements,
creating differences in displacements that could be
translated in harming efforts.

Table 21: Top story Y displacement (mm) depending on the
axis for case 6

Axis
Bare
Outer
Inner

1
237
178
195

2
244
201
192

3
250
216
191

4
252
222
190

Table 22: Base shear X displacement (mm) depending on the
axis for case 6

Axis
Bare
Outer
Inner

A
207
217
210

B
208
232
202

The comparison of the inter-story drifts allowed to
inspect the impact of the shear walls on the columns
relative displacement. In point of fact, the relative
displacements trigger the efforts and deformations to
which the vertical elements will have to resist. Tables 7,
8, 13, 14, 19 and 20, showed the decrease in magnitude
in the stiffened designs, enabling to meet Chinese Code
requirements. Figure 10 shows graphically the decrease
in ratios for case 9, which is translated in an increase of
safety and suitability as the code limit is met. Similar
results were found in the other cases.

Figure 8: Maximum displacements (mm) in the X direction for
case 5
Figure 10: Inter-story maximum drift (%) in the X direction for
case 9

Finally, the study of the base shear forces was carried
out in order to observe the different efforts triggered in
the foundations. As shown in Tables 23 and 24, the
presence of shear walls increased the base force in the
corresponding axis for case 6. The case studied also
reflects the results found in the other cases which
showed similar trends. The axis in which the shear walls
were present, carried the highest forces while the nonstiffened axis resulted in lower base forces present. As a
consequence, the total increase was irregularly
distributed along the different axis, transmitting
inhomogeneous efforts on the foundations.
Figure 9: Story time history of the top story displacements
(mm) in the Y direction for case 4

Table 23: Base shear Y force (kN) depending on the axis for
case 6
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Axis
Bare
Outer
Inner

1
383
647
379

2
400
358
726

3
412
372
737

4
418
382
738

Total
2808
3336
4422

Table 24: Base shear X force (kN) depending on the axis for
case 6

Axis
Bare
Outer
Inner

A
509
1241
437

B
503
506
1398

Total
2024
3494
3670

5 CONCLUSIONS
As a further study on possible solutions to provide better
structural response in seismic zones while adopting
greener solutions, the modeling of three different hybrid
buildings and the study of their seismic performance are
presented in this paper. The three projects consisted of a
basic model, with a steel frame and a timber diaphragm,
and two stiffened models, with timber shear walls
conceptually covering the extreme architectural cases of
timber shear wall’s adoption in buildings. The projects
were modeled in Abaqus obtaining a simplified model
that could represent complex hybrid structures within an
acceptable computational. The seismic performance of
the different projects was obtained by the time-history
method and enabled to draw conclusions about the
performance changes when adopting timber shear walls.
The results showed the capacity of shear walls to
upgrade the seismic performance when placed in the
buildings. Displacements and inter-storey drifts were
reduced enabling to upgrade the building with the only
help of the shear walls while meeting Chinese Code
requirements. However, this increase in reliance was
paid with higher foundation efforts. Furthermore, the
irregular spatial distribution seen in the plant design was
translated in irregular distributions of efforts and
displacements, highlighting the need of attention in
elements under high relative displacements caused by
the spatial irregularity. The spatial placement of the
walls was found crucial to determine the seismic
performance of the building.
From the conclusions arisen, timber shear walls
demonstrated their amelioration possibilities when used
to improve buildings performance under dynamic events
as
shown
in
the
performance
comparison.
Notwithstanding, results only showed the outcome of a
simplified model, which even if accurate enough for the
purposes of the study, could be improved to further study
the starts of wood degradation in the strongest cases
studied. Additionally, the research in new possible
arrangements or designs for timber shear walls will most
certainly contribute to improve the seismic performance
while decreasing spatial constraints in plant design.
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FIRE RESISTANCE OF CROSS-LAMINATED TIMBER IN JAPAN
Tomohiro Naruse1, Jun-ichi Suzuki2, Tensei Mizukami3, Noboru Yasui4, Makoto Kawai5,
Yuji Hasemi6
ABSTRACT: Fire-testing data, such as charring rates and failure modes of structural elements exposed to ISO-standard
fires, for unprotected cross-laminated timber (CLT) panels made of domestic timber were investigated to apply the
reduced-cross-section method to CLT panels. For the charring rates, a series of fire tests without loading was conducted
with experimental parameters including adhesive type, lamina thickness, and wood species. Based on the measured
charring rates, a series of fire-resistance tests for loadbearing walls, floors, and roofs using unprotected CLT panels
exposed to ISO-standard fires was conducted to investigate fire resistance in terms of loadbearing capacity, integrity,
and insulation. Fire-resistance test for a CLT floor-wall-floor-wall structure with tension bolts and self-tapping screws
was also tested to investigate the insulation and integrity of joints under loading. This paper summarizes the results of
these tests.
KEYWORDS: Cross-laminated timber, Fire resistance, Reduced-cross-section method, Charring rate

1 INTRODUCTION 123
To prevent conflagrations in urban districts, the Building
Standard Law of Japan (BSL) [1] has long restricted
timber structures. The BSL has been gradually relaxed
since revision by the Ministry of Construction (now the
Ministry of Land, Infrastructure, Transport and Tourism
(MLITT)) permitted use of the reduced-cross-section
method in 1987, but it still restricts the use of timber in
comparison with non-combustible materials such as
concrete and steel.
In Japan, a promotion of the use of wood in public
buildings enacted in October 2010 encourages research
to review building regulations that have limited the use
of wood in buildings, in consideration of the need to
reduce carbon emissions and to encourage sustainable
forest management.
Buildings using cross-laminated timber (CLT) panels
have been developed for cost and construction efficiency.
Increased timber use in buildings is also expected to
encourage the forest industry and carbon stock as a
sustainable construction material.
1
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The fire resistance of CLT panels has been studied [2–
12], and design guides have been published [13, 14]. To
promote CLT panel construction in Japan, in 2013 the
MLITT and the Forestry Agency developed a roadmap
for BSL revision to adopt specified design strengths
through use of the structural design method and the
reduced-cross-section method for quasi-fire-resistive
construction. However, the strength and charring
behavior of timber products differ depending on the
timber species and product specification, and at present
there are insufficient data for understanding the fire
resistance of CLT panels using domestic timber.
Against this background, we investigated the fire
resistance of CLT panels using domestic timber, mainly
Japanese cedar (Cryptomeria japonica), which is
commonly used for structural members in Japan.
Fire-testing data for unprotected CLT panels, such as
charring rates and failure modes of structural elements
exposed to ISO-standard fires, were investigated to apply
the reduced-cross-section method to the CLT panels. For
the charring rates of the CLT panels, a series of fire tests
without loading was conducted with experimental
parameters including adhesive type, lamina thickness,
and wood species.
Based on the measured charring rates, a series of fireresistance tests for loadbearing walls, floors, and roofs
using unprotected CLT panels exposed to ISO-standard
fires was conducted to investigate the fire resistance in
terms of loadbearing capacity, integrity, and insulation.
The fire resistance of CLT structures comprising a floorwall-floor-wall structure with mechanical joint
fastenings was also tested to check the insulation and
integrity of joints with loading.
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Timber charring rates are important in the reduced-crosssection method, because the insulating effect of char
protects the underlying wood from heat. The charring
rate of CLT panels varies according to factors such as
timber species, adhesive, and lamina thickness.
Therefore, fire-resistance tests for non-loadbearing CLT
panels were first conducted to investigate them.
2.1 FIRE-RESISTANCE TESTS
Unprotected medium-size CLT panels were exposed to
ISO-standard fires [15]. Six sets of six CLT panels, 36
panels in all, were heated from their bottom surface
using a horizontal furnace at the Building Research
Institute (BRI).
Table 1 summarizes the test specimens, including timber
species, lamina and panel thickness, adhesive type, water
content, and oven-dried specific weight. All panels were
of Mx60*1 conforming to JAS [16] and with dimensions
of 1,000 × 1,700 × 147–165 mm (thickness), depending
on the number of plies and the lamina thickness.
Specimens were produced by one Japanese company,
Table 1: Test specimens for charring rate
No. Timber Thickness Layer Adhe- Water Specific weight
species Panel Lamina
sive content As tested Dried
(mm) (mm)
(%)
(-)
(-)
C1 C 156
12
13 RF 15.6 0.40 0.34
C2 C 156
12
13 API 15.0 0.39 0.34
C3 C 156
12
13 PU 12.6 0.42 0.38
C4 C 165
15
11 RF 15.4 0.41 0.35
C5 C 165
15
11 API 14.8 0.41 0.36
C6 C 165
15
11 PU 12.5 0.46 0.41
C7 C 147
21
7
RF 13.9 0.44 0.39
C8 C 147
21
7
RF 11.3 0.43 0.39
C9 C 147
21
7
API 14.5 0.40 0.35
C10 C 147
21
7
API 11.1 0.42 0.38
C11 C 147
21
7
PU 13.1 0.45 0.39
C12 C 162
27
6
RF 11.2 0.44 0.39
C13 C 162
27
6
API 10.1 0.44 0.40
C14 C 150
30
5
RF 10.5 0.41 0.37
C15 C 150
30
5
RF 10.6 0.40 0.36
C16 C 150
30
5
API 10.7 0.40 0.36
C17 C 150
30
5
API 11.4 0.43 0.39
C18 C 150
30
5
PU 10.8 0.41 0.37
L1
L 156
12
13 RF 10.3 0.52 0.47
L2
L 156
12
13 API 10.5 0.53 0.48
L3
L 156
12
13 PU 10.6 0.49 0.45
L4
L 165
15
11 RF 10.4 0.55 0.50
L5
L 165
15
11 API 10.3 0.64 0.58
L6
L 165
15
11 PU 10.7 0.49 0.44
L7
L 147
21
7
RF 10.2 0.55 0.49
L8
L 147
21
7
API 10.5 0.47 0.43
L9
L 147
21
7
PU 10.6 0.49 0.45
L10 L 150
30
5
RF 10.3 0.50 0.45
L11 L 150
30
5
API 10.1 0.47 0.43
L12 L 150
30
5
PU 13.4 0.48 0.42
S1
S 165
15
11 RF 14.7 0.47 0.41
S2
S 165
15
11 API 13.3 0.44 0.38
S3
S 165
15
11 PU 14.0 0.44 0.38
S4
S 150
30
5
RF 13.2 0.47 0.42
S5
S 150
30
5
API 13.3 0.47 0.42
S6
S 150
30
5
PU 14.8 0.48 0.42

C: Japanese cedar; L: Japanese larch; S: spruce.

using laminas of Japanese cedar, Japanese larch (Larix
kaempferi), and spruce (Picea jezoensis var. hondoensis).
Faces and edges were glued with an aqueous polymerisocyanate adhesive/emulsion polymer isocyanate
adhesive (API), a resorcinol phenol formaldehyde
adhesive (RF), or a polyurethane adhesive (PU). Four
lamina thicknesses were used to investigate the effect of
layer thickness on the charring rate: 12 mm (13-ply), 15
mm (11-ply), 21 mm (7-ply), 27 mm (6-ply), and 30 mm
(5-ply). Laminas were simply glued together with their
grain perpendicular to the previous layer. The water
contents of CLT panels were 10.2–15.6%. The specific
weights of oven-dried Japanese cedar, Japanese larch,
and spruce in the tested CLT panels were 0.34–0.41,
0.42–0.58, and 0.38–0.42, respectively.
The sides of the CLT panels were covered by two or
three 25-mm-thick layers of calcium silicate board to
achieve one-dimensional heat transfer. Type-K glassbraid insulated thermocouples of 0.65-mm diameter
were embedded at 10-mm intervals from the exposed
surface at two locations on the centerline. Temperatures
were measured every 15 s. It took around 4 min to start
the extinguishing after the furnace was stopped.
2.2 TEST RESULTS
Fire exposure continued for 103–127 min, while at least
the unexposed outer ply of each simultaneously tested
CLT panel remained uncharred to prevent the panels
from falling in the furnace.
After the fire-resistance tests, the residual timber and
charred parts were carefully observed. Figure 1 shows a
cross-section of tested CLT panels using 30-mm-thick
Japanese cedar laminas glued with RF, API, and PU.
Though the fire exposure durations are different,
delamination of almost all charred layers glued with API
or PU was observed, while it is reported that PU did
contribute to the falling off of charred laminations tested
in vertical orientation [8]. However, there was no
remarkable delamination of those glued with RF.
In previous studies [10,12,17], the estimated charring
rate was defined as the ratio between the time to reach
the charring temperature and the depth from the exposed
surface. In this paper, the charring temperature was taken
as 260 °C. Each charring rate was obtained by the leastsquares method to minimize error in the slope passing
through the origin in the plots. Figure 2 shows the
relation between the charring rate and lamina thickness,
which ranges from 1.16 mm/min for test specimen C3 to
0.50 mm/min for test specimen C7, both of which were
Japanese cedar.

150 mm

2 CHARRING RATE OF CLT PANELS

RF-30-5C

RF (120 min)

API-30-5C

API (122 min)

Figure 1: Cross-sections of tested CLT panels

PU-30-5C

PU (112 min)

Charring rate (mm/min)
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3.1 FIRE-RESISTANCE TESTS FOR
LOADBEARING CLT WALLS
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Figure 2: Relation between charring rate and lamina
thickness

There are two groups in the data in Figure 2, data for
CLT panels glued with RF and data for CLT panels
glued with API or PU. Both show a decreased charring
rate with increasing lamina thickness, and the data for
30-mm-thick laminas show large scatter. This was
mainly caused by the tendency of thinner charred
laminas to crack and delaminate from the glued surface,
due to decreased adhesion. Also, the charring rates
increased as the heat exposure continued and the
temperature in the furnace rose. The charring rate was in
decreasing order for PU, API, and RF for the adhesives
and C, L, and S for timber species. Additional data are
needed for an in-depth quantitative discussion.

3 FIRE RESISTANCE OF CLT WALL
There is a wide variety of product specifications defined
in JAS [16] for CLT panels, including adhesive type,
lamination and panel thicknesses, wood species, and ply
configuration. When introducing CLT constructions into
the market, it is convenient to select several particular
specifications to examine their structural design and
mechanical properties. As a first step, 150-mm-thick (5ply) CLT panels using 30-mm-thick Japanese cedar and
Japanese larch laminas glued with API were chosen.
Table 2 shows the mean and lower limit of the bending
strength and bending Young’s modulus for these panels,
as specified in JAS [16].
Table 2: Mechanical properties of CLT panels
Bending Young’s modulus Bending
Mean
Lower
strength
Number
Layers Plies
(GPa)
(MPa)
Mx60-3-3 3
3
5.2
4.2
11.6
Mx60-5-5 5
5
4.2
3.4
9.8
Mx60-5-7 5
7
4.8
4.0
11.0
Mx60-7-7 7
7
3.6
3.0
8.2

Fire-resistance tests for unprotected loadbearing CLT
walls were carried out until failure by exposing loaded
panels to ISO-standard fires using a wall furnace at BRI.
All tested CLT panels were Mx60-5-5 panels produced
by two Japanese companies conforming to JAS [16],
using Japanese cedar or Japanese larch laminas glued
with API or RF (Table 3). Laminas were simply glued
together with their grain perpendicular to the previous
layer. Lamina edges in CLT panels W1–6 were glued
with API, but those of W7 and W8 were not glued.
Wall specimens comprised two loaded 1,000 × 3,000 ×
150 mm (thickness) elements and two unloaded 600 ×
3,000 × 150 mm (thickness) outer elements in the
supporting frame. The effective heating area in the wall
furnace was 2.6 × 2.8 m (height). These elements were
screwed together every 300 mm along a double-surface
connection using plywood of 150 × 28 mm (thickness).
A 2-mm gap was arranged between loaded elements to
accommodate dry shrinkage of the CLT panels and
construction error. For specimen W2 only, a 25-mmthick ceramic fiber blanket was provided as an outer
surface connection between loaded and unloaded
elements to investigate the effect of plywood on
buckling. No intumescent seals were installed in the
joints. The water content of the CLT panels was 9.0–
12.4%. The specific weights of oven-dried Japanese
cedar and Japanese larch in the tested panels were 0.37–
0.43 and 0.48, respectively.
A ceramic fiber blanket was fixed along the specimen
perimeter to prevent the passage of hot gases or the
occurrence of flames on the unexposed side through the
gaps between the specimen and furnace frame and to
achieve one-dimensional heat transfer.
Type-K stainless steel sheathed thermocouples of 3.2mm diameter were positioned 100 mm away from the
exposed specimen surface to measure the furnace
temperature.
Type-K
glass-braid
insulated
thermocouples of 0.65-mm diameter for W1–6 and 0.32mm diameter for W7–8 were embedded in the CLT
panels to measure the temperature of the specimens at
10-mm intervals from the exposed surface. Disk
thermocouples were placed to measure the temperature
of the unexposed surface of the test specimen [15].
Table 3: Summary of wall test specimens and test results
Timber Adhe- Applied Water Specific weight Fire
No. species sive load content Tested Dried resistance
(kN)
(%)
(-)
(-)
(min)
W1
C
API
539
9.5
0.39
0.36
74.0
W2
C
API
603
9.4
0.40
0.36
77.5
W3
C
API
603
10.8
0.40
0.36
70.0
W4
C
RF
603
9.0
0.41
0.38
68.7
W5
C
RF
402
10.3
0.43
0.39
80.0
W6
L
API
603
12.4
0.48
0.43
75.2
W7
C
API
266
10.2
0.40
0.37
79.8
W8
C
API
647
10.8
0.41
0.37
63.5
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Figure 3: CLT wall test specimen (unit: mm)
Table 4: Loads applied to wall specimens
No.
W1
W2-4
W5
W6
W7
W8

Parameters for applied load
Strength specified in JAS [16]
Results of strength tests
Two-thirds of the strength test results
Results of strength tests
Temporary allowable strength [18] *2
Sustained allowable strength [18]

Load (kN/m)
269.5
301.5
201.0
301.5
133.0
323.5

Horizontal displacements at nine points (D1–9) on
unexposed surfaces and vertical displacements at two
points (V1–2) on the specimen bottom were measured as
shown in Figure 3.
Loads applied to wall specimens were determined based
on the stress acting on the residual cross-section (Table
4). Fire tests W1–6 were performed before the
notification of MLITT [18] was revised on March 31,
2016 to specify the specific design strength of CLT.
Here, the buckling lengths were assumed to be the
heights of the test specimen. The loads were applied
using hydraulic jacks between a steel plate with a steel
rod and another steel plate under the panel to permit free
rotation of the top of the CLT panel toward the furnace
interior or exterior prior to the fire test. After stability
was ensured, displacement measurements were zeroed
and heating was started. A constant load was maintained
until failure. Failure of the walls in the fire tests occurred
by buckling. After the burners were turned off, the
specimens were removed from the furnace and the fire
was extinguished with water, which took 5–7 min after
the furnace was stopped.
3.2 TEST RESULTS
Table 3 shows fire resistance as failure times. Figures 4–
8 show the temperature in the panel, the charring rate,
and the displacements of tests W3 and W5 as examples.
In Figures 7 and 8, an increase in displacement along the
y-axis on the right side indicates specimen compression

Figure 4: Temperatures in panels W3 and W5
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Figure 5: Estimated charring rate by temperature (W3)
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Figure 6: The estimated charring rate by temperature (W5)
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Figure 7: Displacement indicating the plateau clearly (W3)
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Figure 8: Displacement not indicating the plateau clearly (W5)

and that along the y-axis on the left side indicates
deformation toward the furnace interior. Here, the
vertical displacement (V) indicates the average of V1
and V2. Figures 7 and 8 show that as the specimens were
heated, the vertical and horizontal displacements of the
specimens monotonically increased.
All data show monotonic increases. There are two
groups of measured displacements. One is W3 and W7,
which exhibit a flat plateau clearly shown in Figure 7.
The other group is W4–6 and W8, which do not exhibit a
clear plateau (Figure 8). For example, in Figure 7, the
displacements plateaued about 40 min after heat
exposure, then the displacements rapidly increased about
65 min later. Note that in tests W1 and W2, the steel
plate with steel rod was set 30 mm outward on the top of
the panels.
Figure 4 shows the measured temperatures in panels W3
and W5. The temperatures 10–60 mm from the exposed
surface rose over almost the same interval so that the
estimated charring rate became uniform.
The temperature at 30 mm from the initial exposed
surface, the interface between two laminas, rose to
250 °C about 40 min after heat exposure. Similarly, the
temperature at 60 mm from W3, the next interface, rose
to 180 °C about 65 min after heat exposure.
The specimens collapsed when the center parallel layer
was exposed to fire and lost strength, the vertical and
horizontal displacements rapidly increased. During this
period, the charred second layer (perpendicular layer)
acted as fire protection for the parallel layer while the
delamination did not occur, increasing vertical
displacement and causing specimens to buckle due to the
eccentric load caused by asymmetric charring. The
specimens lost their loadbearing capacity, as indicated in
a previous study [12].
The maximum temperature rises were less than 10 °C on
unexposed surfaces and less than 80 °C on joints. A
large amount of smoke leakage occurred from the joints
during the first 10 min of the fire-resistance tests and at
buckling, but all specimens had sufficient fire resistance
in terms of insulation and integrity.
Figures 7 and 8 show that 1 mm of vertical specimen
displacement corresponds to 10 mm of horizontal
displacement, due to the length of the test specimen.
This is a tendency different from that seen in previous
tests [9]. This indicates that wall joints in the corner may

lose insulation and integrity under loading without any
mechanical joint fastening.
Figures 5 and 6 show the estimated charring rates of tests
W3 and W5 derived by the method described in Section
2.2. The mean charring rates of the CLT walls using
Japanese cedar glued with API, Japanese cedar glued
with RF, and Japanese larch glued with API were 0.83,
0.71, and 0.71 mm/min, respectively. Comparing these
with the charring rates in Figure 2, those for CLT walls
glued with API were almost the same, but that for the
CLT wall using Japanese cedar glued with RF was
slightly higher. It seems that the surface connection
provided by the plywood had little effect on the failure.

4 FIRE RESISTANCE OF CLT FLOOR
AND ROOF
As for the walls, 90 mm (3-ply) and 210 mm (7-ply)
CLT panels using 30-mm-thick Japanese cedar laminas
glued together with API were selected as roof and floor
specimens. Table 2 shows the mean and the lower limit
of the bending Young’s modulus and the bending
strength of these panels as specified in JAS [16].
4.1 FIRE-RESISTANCE TESTS FOR
HORIZONTAL CLT PANELS
Fire-resistance tests for the unprotected horizontal CLT
panels were carried out by exposing the horizontal
panels to ISO-standard fires using a horizontal furnace at
BRI.
All tested CLT panels were Mx60-3-3, Mx60-5-7, or
Mx60-7-7*1 panels produced by two Japanese
companies. Panels conformed to JAS [16] and used
Japanese cedar laminas simply glued with API (Table 5)
with their grain perpendicular to the previous layer for
Mx60-3-3 (R1,2) and Mx60-7-7 (F1,4,6). For Mx60-5-7
(F2,3,5), the laminas of the outer two layers were glued
with their grain parallel to each other, while the other
laminas were glued in the same way as Mx60-3-3 and
Mx60-7-7. The edges of the laminas in CLT panels F1–4
and R1 were glued with API, but those of F5, F6, and R2
were not glued.
Test specimens comprised two loaded 1,000 × 4,450 ×
90–210 mm (thickness) elements in the supporting frame.
The effective heating area in the furnace was 2.0 × 4.0 m.
Table 5: The summary of test specimen and test results
Number Applied Water Specific Weight
Fire
No. Layer Ply load content Tested Dried resistance
(kN)
(%)
(-)
(-)
(min)
F1
7
7
151.0 12.2
0.41
0.37
82.8
F2
5
7
218.4
9.6
0.41
0.38
48.0
F3
5
7
139.8
9.7
0.40
0.36
91.5
F4
7
7
226.6
9.9
0.39
0.35
27.8
F5
5
7
47.9
9.6
0.43
0.39
122.0
F6
7
7
63.5
9.3
0.41
0.37
117.8
R1 3
3
14.9
11.5
0.42
0.37
33.3
R2 3
3
3.7
10.2
0.42
0.38
40.0
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These elements were screwed to the unexposed surface
every 200 mm along the single surface connection using
150 × 28 mm (thickness) plywood. A 2-mm gap was
arranged between loaded elements to accommodate for
dry shrinkage of CLT panels and construction error. No
intumescent seals were installed in the joints. The water
content of the CLT panels was 9.3–12.2%. The specific
weights of oven-dried Japanese cedar were 0.35–0.39. A
ceramic fiber blanket was fixed on the specimen
perimeter, as in the wall test.
Type-K stainless-steel sheathed thermocouples of 3.2mm diameter were positioned 100 mm away from the
exposed surface of the specimen to measure the
temperature of the furnace. Type-K glass-braid insulated
thermocouples of 0.32-mm diameter were embedded at
six locations in the CLT panels to measure specimen
temperatures at 10 mm intervals from the exposed
surface. Disk thermocouples were placed to measure the
temperature of the unexposed surface of the test
specimen [15].
The vertical displacements of 10 points (D1–10) on the
unexposed specimen surface were measured as shown in
Figure 9.
The loads applied to the horizontal CLT panels were
determined based on the stress acting on the residual
cross-section (Table 6). Because fire tests F1–4 and R1
had to be done before the notification of MLITT [18],
tests were revised to specify the specific design strength
of CLT. The horizontal panels were tested in 4-point
bending tests, where the load was applied at two points.
Here, the span between panels and supports was 4,230
mm. The loads were applied using a steel plate with

D‐3

D‐2

D‐4

D‐7

D‐8

D‐9

D‐10
Bolt
Unexposed surface

Figure 9: CLT floor and roof test specimen (unit: mm)
Table 6: Parameters for applied load on the horizontal
specimen
No.
F1
F2
F3
F4
F5
F6
R1
R2

Table 5 shows resistances as the time to sudden panel
failure or center displacement exceeding around 100 mm.
Figures 10–14 show panel temperatures, charring rates,
and displacements of F1, F3, and R1 as examples. Tests
F2 and F4 with the applied heavy loads resulted in early
failure. In Figures 12–14, increased displacement along
the y-axis on the left side indicates deformation toward
the furnace interior.
These figures show that as the specimens were heated,
the vertical displacements of the specimens
monotonically increased. No horizontal panels clearly
exhibited the flat plateaus seen in the wall tests.
The maximum temperature increases were less than
17 °C on unexposed surfaces and less than 100 °C on
joints. A large amount of smoke leakage occurred from
the joints during the first 10 min of the fire-resistance
tests and at failure, but all specimens had sufficient fire
resistance in terms of insulation and integrity.
Figure 10 shows the measured temperatures in panel F1
at location D3. All temperatures rose in the same way, so
the estimated charring rate was uniform. Figure 11
shows the estimated charring rates derived by the
method described in Section 2.2. The mean charring rate
of the tested CLT horizontal panels using Japanese cedar
glued with API was 0.74 mm/min, slightly lower than
the charring rates in Figure 2.

D‐5

Frame

D‐6

4.2 TEST RESULTS

Parameters for applied load
Equivalent load
2/3 of the results of strength tests
22.03 (kPa)
2/3 of the results of strength tests
33.43 (kPa)
2/3 of the results of strength tests
23.81 (kPa)
2/3 of the results of strength tests
35.71 (kPa)
temporary allowable strength [18]
7.54 (kPa)
temporary allowable strength [18]
10.00 (kPa)
2/3 of the results of strength tests
1.56 (kPa)
temporary allowable strength [18]
0.60 (kPa)
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rounded edges to permit free rotation prior to fire tests
using a hydraulic jack. After stability was ensured,
displacement measurements were zeroed and the heating
was started. The load was constantly maintained. Fireresistance tests were carried out until sudden panel
failure or center displacement exceeding around 100 mm.
After the burners were turned off, the specimens were
removed from the furnace and the fire was extinguished
with water, which required about 5–7 min.
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5 FIRE RESISTANCE OF JOINTS OF
CLT WALLS AND FLOORS

90
F1 Temperatures at six locations

80

0.657 mm/min

70

Wall tests indicated that corner wall joints may lose
insulation and integrity under loading without any
mechanical joint fastenings, so fire-resistance tests for
CLT structures comprising a lower floor (LF) – lower
walls (LWs) – upper floor (UF) – upper walls (UWs)
with mechanical joint fastenings (Figures 15–17) were
conducted to investigate the insulation and integrity of
joints under loading.
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5.1 FIRE-RESISTANCE TESTS FOR JOINTS OF
CLT WALLS AND FLOORS

Figure 11: Estimated charring rate by temperature (F1)
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Figure 12: Applied load and vertical displacement (F1)
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Figure 13: Applied load and vertical displacement (F3)
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Figure 14: Applied load and vertical displacement (R1)
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Fire-resistance tests for CLT structures were carried out
for 90 min, with exposure to an ISO-standard fire using a
horizontal furnace at BRI.
All CLT panels were produced using Mx60-5-5 for walls
and Mx60-7-7 for floors conforming to JAS [16], using
30-mm-thick Japanese cedar laminas glued with API.
Laminas were simply glued together with their grain
perpendicular to the previous layer. Lamina edges in
CLT panels were glued with API.
The 24-mm-diameter tension bolts were used in the
wall–floor–wall connection with 150 × 80 × 16 mm
(thickness) steel washers (Figure 15). CLT panel
openings for installing bolts and washers were filled with
rock wool and covered with 30-mm-thick Japanese cedar
planks. Self-tapping screws of length 290 mm were used
every 300 mm to connect the walls at right angles.
Intumescent seals of 25-mm width and 2-mm thickness
were installed along the edges of the top and bottom
surfaces of one CLT panel wall in the wall–floor joint.
No intumescent seals were installed in the other joints.
The water content of the CLT panels was 10.3%. The
specific weights of tested and oven-dried CLT panels
were 0.37 and 0.32, respectively.
As in the fire-resistance tests for CLT walls, a ceramicfiber blanket was fixed along specimen perimeters
(Figure 17). Temperatures of the furnace, CLT panels,
and unexposed test specimen surfaces were measured by
thermocouples.
The horizontal displacements at six points (D1–6) on the
unexposed wall surface and the vertical displacements at
two points (V1–2) at the top of the specimen were
measured (Figures 15 and 17).
The load applied to the specimen was determined based
on an estimated load (55 kN/m) supposing a 3-story CLT
building such as a retail shop.
Due to the limited furnace size, the buckling length was
designed to be that of a CLT wall panel, 2000 mm. Load
was applied to the CLT structure between an L-shaped
steel beam and a 50-mm-thick steel plate before the fire
test using hydraulic jacks. After stability was confirmed,
displacement measurements were zeroed and heating
was started. The load was constantly maintained for 90
min. After the burners were turned off, the specimens
were removed from the furnace and the fire was
extinguished with water, which required about 5 min.
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Figure 18 shows the measured temperatures in the center
of the LF, LW, and UF panels at various depths from the
exposed surface. All temperatures except those for LF
rose to the furnace temperature. There are plateaus at
relatively low temperatures, as compared with those for
LW and UF. The temperature at 10 mm depth for LF
plateaued at around 40 min from initial heat exposure.
After the burners were turned off, the structure was
removed from the furnace. Build-up of charred material
due to delamination on the LF was observed, and the
resulting fire protection might have caused the relatively
low-temperature plateaus.
Figure 19 shows the estimated charring rates as derived
by the method described in Section 2.2. The mean
charring rates for LF, LW, and UF were 0.45, 0.52, and
0.54 mm/min, respectively, lower than the rates seen in
Section 2.2 (Figure 2).
Smoke leakage occurred from the joints of LWs after 18
min heat exposure and from the other joints after 20 min.
A large amount of smoke leakage occurred from the
planks covering the tension bolts after 47 min, but
neither flames nor high temperature rises were observed
on unexposed surfaces.
In Figure 20, increased displacement along the y-axis
indicates deformation toward the furnace interior.
Displacements of the lower wall on the left side in
Figure 17 indicate that the whole panel slightly moved
horizontally without bending, and displacements of the
lower wall on the right side in Figure 20 indicates the
displacement similar to that observed in the tests for
loadbearing CLT walls.
The specimens had sufficient fire resistance in terms of
loadbearing capacity, insulation, and integrity.

Figure 16: Schematic of CLT structure and furnace
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Figure 18: Measured temperatures for LF, LW, and UF

Figure 17: Photograph of CLT structure and furnace

5.2 TEST RESULTS
Figures 18–20 show the panel temperatures, the charring
rates, and the displacements of LF, LWs, and UF.

Depth from exposed surface (mm)

90

LW
0.520 mm/min
UF
0.535 mm/min
LF
0.453 mm/min

80
70
60
50
40
30
20
10
0

0

10

20

30

40

50

60

70

80

90

Time to reach 260 C (min)

Figure 19: Estimated charring rate by temperature
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*2: BSL [1] specifies that the temporary allowable
strength is 1.82 times the sustained allowable strength.
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Figure 20: Displacement of lower walls in the CLT structure

6 CONCLUSIONS
Fire test data, such as the charring rates and failure
modes of structural members exposed to ISO-standard
fires, were investigated for unprotected CLT panels
made of domestic timber to apply the reduced-crosssection method to the CLT panels. For the charring rates
of the CLT panels, a series of fire tests without loading
was conducted with experimental parameters including
adhesive type, lamina thickness, and wood species. The
following conclusions can be drawn.
 Delamination was observed in almost all charred layers
glued with API and PU, but there was no remarkable
delamination of those glued with RF.
 Charring rates ranged from 1.16 to 0.50 mm/min for
Japanese cedar.
 Charring rates were in decreasing order of PU, API,
and RF for the adhesives and Japanese cedar, Japanese
larch, and spruce.
Based on the measured charring rates, a series of fireresistance tests for loadbearing walls, floors, and roofs
using unprotected CLT panels exposed to ISO-standard
fires was also conducted to investigate the fire resistance
in terms of loadbearing capacity, integrity, and insulation.
 The measured horizontal and vertical displacements
showed monotonic increases.
 All specimens had sufficient fire resistance in terms of
loadbearing capacity, insulation, and integrity.
 A large amount of smoke leakage occurred from the
joints during the fire-resistance tests and at failure.
The insulation and integrity of joints of floor–wall–
floor–wall CLT structure with tension bolts and selftapping screws was also investigated by a fire-resistance
test with loading.

NOTES
*1: JAS [16] specifies lamina grading according to
mechanical strength and visual class. It also specifies the
lamina layout of layer compositions relating to lamina
strength of same-grade (S) and symmetrical mixed-grade
(Mx). For example, “Mx60-5-7” indicates a CLT panel
with a symmetrical mixed-grade lamina layout and
bending Young’s modulus of the outer and inner layers
of respectively 6.0 GPa or more and 3.0 GPa or more on
average, and with five layers and seven plies.
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the Japan Cross-Laminated Timber Association, Waseda
University, and Team Sakura and Wood Structure
Promotion Inc. in cooperation with National Institute of
Land Infrastructure Management and BRI. The
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REFERENCES

[1] The Building Standard Law of Japan, edited and
published by the building Center of Japan, 2004.
[2] Frangi A, Bochicchio G, Ceccotti A, Lauriola MP,
Natural full-scale fire test on a 3 storey XLam
timber building, Proceedings of 10th world
conference on timber engineering (WCTE), 2008.
[3] Frangi A, Fontana M, Hugi E, Jöbstl R,
Experimental analysis of cross-laminated timber
panels
in
fire,
Fire
Saf.
J.,
2009;
doi:10.1016/j.firesaf.2009.07.007.
[4] Schmid J, König J, Fire exposed cross-laminated
timber—modelling and tests, CIB-W18/43-16-2. In:
Proceedings of the CIB-W18 43rd Meeting, 2010.
[5] Menis A, Fragiacomo M, Clemente I, Numerical
investigation of the fire resistance of protected
cross-laminated timber floor panels, Struct. Eng. Int.
22(4): 523–532, 2012.
[6] Fragiacomo M, Menis A, Clemente I, Bochicchio G,
Ceccotti A, Fire resistance of cross-laminated timber
panels loaded out of plane, J. Struct. Eng. 139, 2012.
[7] Osboerne L, Dagenasis C, Bénichou N, Preliminary
CLT fire resistance testing report, Project No.
301006155, FP Innovations, 2012.
[8] Fragiacomo M, Menis A, Moss PJ, Clemente I,
Buchanan AH, De Nicolo B, Predicting the fire
resistance of timber members loaded in tension, Fire
Mater. 37(2): 114–129, 2013.
[9] Klippel M, Leyder C, Frangi A, Fontana M, Lam F,
Ceccotti A, Fire tests on loaded cross-laminated
timber wall and floor elements, Proceedings of 11th
International Symposium on Fire Safety Science,
2014.
[10] Lange D, Boström L, Schmid J,Albrektsson J,
Charring rate of timber in natural fires, 8th
International Conference on Structures in Fire, 521528, 2014.
[11] Schmid J, Menis A, Fragiacomo M, Bochicchio G,
Behaviour of loaded cross-laminated timber wall
elements in fire conditions. Fire Technology—
Special Issue on Engineered Timber Structures in
Fire, 2015.
[12] Suzuki J, Mizukami T, Naruse T, Araki Y, Fire
Resistance of Timber Panel Structures Under
Standard Fire Exposure, Fire Technology, 2016;
doi:10.1007/s10694-016-0578-2
[13] Fire safety in timber buildings, Technical guideline
for Europe, SP Report 2010:19, SP Technical
Research Institute of Sweden, 2010

WCTE 2016 e-book | 5386

[14] Cross Laminated Timber Handbook, SP-528E, FP
Innovations, 2013
[15] ISO 834-1:1999/Amd 1:2012, Fire-resistance tests –
Elements of building construction – Part 1: General
requirements, International Organization for
Standization.
[16] Japan agricultural standard of cross laminated
timber, the notification No.3079 of the Ministry of
Agriculture, Forestry and Fisheries, Dec. 20, 2013.
[17] Nakamura K, Mogami K, Fire resistance test of
glued laminated timber, BRI Research Data No.56,
1985.
[18] The notification No.1024 of the Ministry of Land,
Infrastructure, Transport and Tourism, 2001, revised
on March 31, 2016.

WCTE 2016 e-book | 5387

CHARACTERIZATION OF THE FIRE BEHAVIOUR OF TROPICAL
WOOD SPECIES FOR USE IN THE CONSTRUCTION INDUSTRY
María Pilar Giraldo1, Laia Haurie2, Javier Sotomayor3, Ana M. Lacasta2,
Joaquín Montón2, Mariana Palumbo2 Antonia Navarro2.
ABSTRACT: It is widely acknowledged that wood is a combustible and flammable material. However, not all woods
have the same fire behaviour; this can change significantly depending on the type and species of wood. Usually,
hardwoods have better fire behaviour in comparison with softwoods. This is often due to their physical structure
(morphology), their density and hardness and also their moisture content. However, in some cases the main cause is
their chemical composition. Some tropical woods with relatively low density present better fire behaviour than other
with high density. This indicates that other aspects such as the content of extracts, exudates (oils, waxes, mucilage,
tannins etc.) and minerals can greatly influence their fire performance. In this study, seven Mexican tropical wood were
characterized in order to determine their fire behaviour. For this purpose, an extensive series of laboratory tests were
conducted. The results show a different behaviour in all the species studied, in some cases, with very significant
differences. It is observed that although there is some correlation between high density and hardness of the species and
their good fire behaviour, these factors are not always determinant. In some species, other factors as anatomy and
composition of wood are more relevant to achieve a better fire behaviour.
KEYWORDS: tropical wood species, fire behaviour of wood, ignitability and flammability, fire reaction, extracts and
exudates of wood.

1 INTRODUCTION 123
Wood is one of the most applicable materials in
industrial activities due to its versatility, its remarkable
mechanical properties and its excellent strength/density
relation. Tropical wood species are particularly attractive
to different industries (e.g. furniture, timber, plywood
outdoor applications etc.) due to their wide diameters,
varied textures and their high durability and decay
resistance.
In many developed countries such as Canada, EEUU,
New Zealand, Germany, Switzerland and some
Scandinavian countries, wood is used extensively for
structural and room separating elements in building
applications. In México, despite having a forest sector
with a huge potential, most of wooden panels and some
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structural elements used in local construction industry
are imported.
According to a FAO report [1], in Mexico the volume of
forest with commercial potential is approximately 2,800
million m3, of which 1,000 million are in tropical areas.
However, it is estimated that only between 15 and 22%
is exploited as commercial timber. Mexico has around
190 species of tropical wood documented, however only
a small part has been characterized in terms of
mechanical properties and there is a significant lack of
information about their fire behaviour. It is known, that
the fire behaviour is one of the main obstacles to use
more widely wood in the construction sector.
The thermo chemical processes that occur in wood in
fire conditions are very complex, involve factors like
heat transfer, drying, pyrolysis, charring, mass loss and
smouldering [2–3]. These processes ultimately determine
the evolution of the char layer, which is important in
terms of fire resistance, and the different parameters
related to reaction to fire of wood such as the
ignitability, the burning rate and the flammability. They
are all closely linked of both physical structure
(morphology) and specificity of chemical structure of the
wood species [4]. An agreement of many researches
regarding different wood species is that the charring rate
is strongly affected by the wood anatomy. In
consequence, the response of wood species to fire
temperatures is strongly affected by the intrinsic course
of thermo-physical and thermo-chemical processes on
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micro scale. This is especially important in tropical
wood species because its anatomy and composition is
rich and complex.
In this study the influence of these aspects in the
parameters that define the fire behaviour of come
tropical woods is observed through the different test
carried out.

2 BACKGROUND
Wood is a complex composite material with an excellent
weight-to-strength ratio. It has a set of specialized cells
that provide mechanical strength to the tree, perform the
function of liquid transport and storage of reserve
nutrients supplies. Wood is mainly composed of
cellulose, hemicellulose, lignin, extractives and
exudates. Also it contains different minerals which make
an important contribution in the tree metabolism. Most
minerals are absorbed from soil through its root system;
others can be absorbed from air through leaves. Trees
growing in tropical regions are often rich in several
substances.

devoted to identify the factors that contribute to a better
fire performance of some tropical woods. In the first
phase of this study, described in this document, several
laboratory tests were performed to compare: the fire
reaction, the morphology and the content of minerals. In
a second phase, a series of laboratory tests will be
conducted in order to obtain and analyze the content of
extractives and exudates.

4 MATERIALS
Table 1 summarizes the seven different tropical woods
originated from Mexico studied in this research.
Remarkable differences in their densities can be
observed, as well as, in colour and superficial aspect.
Table 1: Characteristics of different wood species

Code

Generally, hardwoods are richer in nutrients than
softwoods. Some studies have identified 17 essential
inorganic elements, which means that plant needs them
to complete its reproductive stage of life cycle. These
are: carbon (C), oxygen (O), hydrogen (H), potassium
(K), calcium (Ca) and magnesium (Mg) as well as
nitrogen (N), phosphorus (P), sulfur (S), iron (Fe),
manganese (Mn), zinc (Zn), copper (Cu), boron (B),
molybdenum (Mo), nickel (Ni) and chlorine (Cl). N, P,
K, Ca, Mg and S are in a greater proportion, because
they are required in large quantities, while Fe, Zn, Mn,
Cu, B, Mo, Cl and Ni are required in minor quantities
[5]. Total inorganics in wood can be evaluated by
determination of ash content after combustion of the
material. Woods typically contain from 0.1 to 1.5 % of
ash, however in some tropical species these values may
be exceeded. The ash is predominantly composed of
different metal oxides, silicates, carbonates and other
salts [6].
In general, extractives and exudates contained in woods
are responsible of essential characteristics such as: the
variety of color, smell, density, dimensional stability,
durability, resistance to attack by fungi and insects, the
specific heat value and inflammability [7].
A more in-depth analysis of all these aspects and its
correlations can provide a better understanding of why
some species of wood have a better fire behavior
irrespective of their density and hardness.

3 OBJECTIVES
In this study were characterized seven tropical wood
species from Mexico, in order to evaluate their fire
behavior and determine the influence of their physical
and chemical characteristics in pyrolysis and combustion
processes. This study is part of a more extensive research

5

Scientific name

Surface

Density
Kg/m3
448

TD

Tabebuia
donnell-smithii

EC

Enterolobium
cyclocarpum

504

TR

Tabebuia rosea

604

SH

Swietenia
humilis

655

LA

Lysiloma
acapulcensis

685

CA

Cordia
elaeagnoides

1130

TC

Tabebuia
chrysantha

1234

METHODS

5.1 TESTINGS
In order to evaluate the influence of the physical and
chemical characteristics of the wood samples in their fire
performance different fire and materials characterization
tests were carried out: flammability tests, limiting
oxygen index test (LOI), scanning electron microscopy
(SEM), and thermogravimetric analysis (TG). The most
relevant procedures are described below.
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5.1.1 Flammability test
Wood samples of 70 mm x 70 mm x 10 mm were tested
using the device described in the Spanish standard UNE
23727-90. The samples were placed on a metallic grid 3
cm below a heat source of 500 W. The heating source
was removed and put back after each ignition and
extinction (Fig.1). Four samples of each wood species
were tested and the parameters determined were the time
at which the initial ignition occurs, the number of
ignitions and the average time of flame persistence
during the first 5 minutes of testing.

Figure 2: Limiting oxygen index test. Sample with different
concentration of oxygen.

5.1.3 Scanning electron microscopy (SEM)
The morphology of the samples was studied by scanning
electron
microscopy
using
an
Environmental
microscope, ESEM Quanta 200 FEI. Elemental analysis
using energy dispersive X-ray spectroscopy (EDS) was
also performed to identify the elements present in the
mineral crystals observed inside the wood cells.
In order to obtain more information about the amount
and nature of the inorganic phases, the different wood
samples where calcined at 800ºC during 1h to obtain the
residue. This residue was also observed and analyzed by
SEM and EDS respectively.

Figure 1: Flammability test images. (top) Heat source on the
sample once ignition started (middle) while the heat source is
removed (bottom) once heat source is removed.

5.1.4. Thermal analysis
Thermogravimetric analyses (TGA) were performed
using a furnace coupled with a precision scale. This
device allowed testing larger samples than the
conventional TG equipment, which is interesting for
heterogeneous samples. The samples were heated from
25ºC until 1000ºC in 4 hours under air atmosphere.

6
5.1.2 Limiting oxygen index test
The limiting oxygen index (LOI) corresponds to the
minimum concentration of oxygen needed to sustain the
combustion of a sample in accordance with ISO 4589.
The tests were performed on wood samples of 80 mm x
10 mm (Fig.2). The concentration of oxygen in a mixture
of oxygen and nitrogen was varied until it has reached
the minimum concentration at which the sample burned
for a length of 50 mm or for a period of 3 min.

RESULTS

All the wood samples studied exhibit differences in their
fire behaviour. The main results of flammability and LOI
test are summarized in table 2. The initial ignition time
increases with the density of the wood. However, this
trend is not observed for the flame persistence of each of
the ignitions. In this case shorter times indicate more
ability of the wood sample to extinguish the flame once
the heating source is removed, as is the case of LA
sample. A similar behaviour was found in the LOI test.
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Sample LA exhibited the highest LOI value and low
density EC sample had the same LOI value, 24, as the
dense TC sample. On the other hand, the TD sample
with lowest density obtained the worst results regarding
fire performance. These results show that despite wood
density has an influence on the fire performance of wood
it cannot be taken as the only affecting factor. During
flammability test, high density samples lost less mass in
comparison with other samples. LA was the sample with
highest percentage of mass loss. This is due to LA had a
large number of ignitions (Table 3) (Fig 3).

Table 2: Summary of results of flammability and LOI
testing.
Code

Initial
ignition (s)

TD
EC
TR
SH
LA
CA
TC

17
17
24
28
31
37
49

Number of
ignitions

8
12
8
14
16
9
13

Avg. flame
persistence (s)

LOI (%)

29
16
29
16
9
26
20

21,1
24
21,5
23,1
26,5
25,1
24

In order to further investigate the causes of the
differences in fire behaviour, the morphology of the
different wood samples was examined with SEM, (Fig.
4-6) besides the differences in the wood microstructure,
SEM images also showed differences in the amount and
nature of the minerals present in each wood sample
(Fig.4-6). It was observed that LA, CA and TC have a
more compact morphology compared with the other
samples. This is not surprising in woods species with
high density as CA and TC; however, it is remarkable in
a medium density wood as LA. Tangential section of LA
shows mostly uniseriate and biseriate rays and seldom
triseriate rays. Many cells in uniseriate rays are saturated
with minerals and also some saturated tracheids can be
found. This saturation may influence the oxygen and
gases flow during the combustion.
Regarding the minerals, from the crystal habit it can be
deduced that samples EC, SH, CA contain whewellite, a
monohydrated calcium oxalate. This is in good
agreement with the formation of calcium oxide in the
calcination of the wood, which is subsequently
transformed to calcium hydroxide or calcium carbonate.
Table 3: Results of flammability test: mass loss rate.

Code

LA
EC
TD
SH
TR
TC
CA

Initial mass.
(g)

Final mass
(g)

33,55
24,55
23,83
32,00
28,53
54,63
61,45

26,58
19,95
20,08
27,23
25,13
52,35
56,68

Mass loss
percentage
(%)

20,8
18,68
15,87
14,93
10,40
7,80
4,15

Figure 3: Burned samples CA (top) SH (middle)
LA (bottom) after flammability test.
Table 4: Summary of results of calcined residue analysis

Code
TD
EC
TR
SH
LA
CA
TC

Calcined
Residue (%)
0.6
0.5
0.5
0.4
1.3
1.5
2.8

Main elements
P, Ca, K
Ca, K
Ca
Ca
K, S, Ca
Ca
Ca

In sample LA the presence of two types of inorganic
compounds was observed. One rich in sulphur and
potassium, probably a form of potassium sulphate, and
the other containing calcium as the main element. Table
4 shows the amount of solid residue contained in each
sample after calcination.
The elements listed in Table 4 correspond with the main
chemical elements detected by EDS during the SEM
observation of the calcined residues. Several authors
reported the influence of the inorganic compounds in the
modification of the thermal decomposition and pyrolysis
of lignocellulosic products.
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TD -1

EC-1

TR-1

SH-1

LA-1
Figure 4: (left) SEM images of the species of wood studied. Tangential
section. (right) corresponding EDS spectra of each one.
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CA-1

TC-1

TD-2

EC-2

TR-2
Figure 5: samples number 1: (left) SEM images of the species of wood
studied. Tangential section. (right) Corresponding EDS spectra of each one.
Samples number 2: (left) calcined samples. (middle) SEM images of
calcination residue. (right) Corresponding EDS spectra of each one.
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SH-2

LA-2

CA-2

TC-2

Figure 6: (left) calcined samples. (middle) SEM images of calcination
residue. (right) Corresponding EDS spectra of each one.
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T. Hosoya et al. mentioned the influence of inorganic
substances on the higher production of glycoaldehyde,
hydroxyacetone and carbonized products during the
wood pyrolysis [8]. K. Raveendran et al. found that the
amount of potassium or zinc together with the lignin
content modify the pyrolysis of biomass [9]. In general,
inorganic matter is believed to increase char formation
and inhibit the formation of volatile products [10]. On
the other hand, S. Liodakis et al. did not detect a
significant influence of the inorganic phases on the
ignitability of wood [11]. This observation is in good
agreement with the fact that the ignition time determined
in the flammability test seems to be mainly dependent on
the density of wood.
Figure 7 depicts the TG curves of the different wood
samples. H. Yang et al. studied the decomposition of
hemicellulose, cellulose and lignin and observed that
hemicellulose decomposes between 220-315ºC; cellulose
in the range of 315-400ºC and lignin decomposes at a
low rate in a broad range of temperatures, from 25 to
900ºC [12]. The results obtained show that TD
decomposes at significantly lower temperatures than the
rest of the wood samples, probably due to the presence
of high levels of hemicellulose and reduced contents of
cellulose and lignin. Dense wood samples, like CA and
TC, show a similar decomposition with higher thermal
stability and smooth curves, mainly in the last step. The
elevated contents of lignin are probably responsible of
this behaviour. The rest of the samples exhibit TG
curves with similar patterns, where three steps can be
identified.

minerals and morphology may exert more influence. All
these aspects deserve to be studied in depth.
Fire testing shows that fire performance is related with
wood density. Particularly the delay in the ignition
seems to be directly correlated with the increase in
density. However, in the tropical woods studied some
other factors play an important role. The morphology,
the content of each of the three main constituents of
wood and the characteristics and amount of inorganic
substances might exert a remarkable influence in the fire
behaviour. The experiments carried out so far reveal that
the morphology together with differences in the
inorganic constituents significantly affect the
combustion process of wood.
However, in order to obtain a more comprehensive map
for the analysis of each species the study has to be
completed with the analysis of extractives and exudates.
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UNDERSTANDING FIRE PERFORMANCE OF WOOD-CONCRETE
COMPOSITE FLOOR SYSTEMS
Christian Dagenais1, Lindsay Ranger (Osborne)2 & Samuel Cuerrier-Auclair3
ABSTRACT: Three timber-concrete composite floor assemblies were evaluated for fire performance to understand
how shear connectors might impact heat transfer into the assemblies. The floor assemblies tested included a CLTconcrete floor with self-tapping screws, a screw-laminated 2x8-concrete using truss plates, and a LVL-concrete using
lag bolts as shear connectors. During the fire-resistance testing, minimal heat transfer was observed into the concrete
topping and overall the assemblies performed very well, reaching more than 3 hours fire-resistance.
KEYWORDS: Fire-Resistance, Wood, Laminated Veneer, Laminated Timber, Concrete, Composite.

1 INTRODUCTION 12
Cross-laminated timber (CLT) construction is becoming
more prevalent in North America and its birthplace,
Europe. Canada and the United States of America are yet
to reach the same level of acceptance as some European
countries, but it is quickly gaining momentum due to its
various benefits.
One area that warrants further investigation is timberconcrete composite (TCC) floors using mass timber
products such as CLT, nailed-laminated timber and
structural composite lumber. In order to be able to span
longer distances, which is increasingly desirable for
‘open-concept’ type designs, mass timber plates could be
coupled with an additional reinforced concrete topping
to provide the necessary strength and stiffness to resist
bending stresses and deflections [1, 2].
To ensure adequate composite action, shear connectors
are needed to transfer forces between the two materials.
This can be achieved mechanically using screws, plates
or other innovative connectors. It is anticipated that the
inclusion of a concrete topping above a mass timber
floor will likely improve structural, fire and
serviceability performance.
FPInnovations has recently developed fire-resistance
calculation methodologies for CLT floor and wall
assemblies [3, 4], which were based on full-scale fireresistance testing according to CAN/ULC-S101 [5] and
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ASTM E119 [6]. These tests aided in the validation of
charring rates, impact of adhesive heat delamination and
failure modes. The addition of a concrete topping will
likely improve overall fire-resistance by eliminating the
potential for the fire integrity failure mode between
panel-to-panel joints (i.e. flame-through); however, it is
unknown how the presence of shear connectors might
impact heat transfer into the timber components and their
resulting composite action.

2 OBJECTIVES
This project aimed at evaluating the fire performance of
TCC floor assemblies based on their structural
resistance, integrity and insulation when exposed to a
standard fire, as well as how mass timber and concrete
interact. This study involves full-scale fire-resistance
tests on TCC floors using three types of shear
connectors. The complete details of the fire testing can
be found in [7, 8].
In conjunction with previous test data, the results of
these tests are used to develop an analytical model to
assess the structural and fire-resistance of TCC floors,
based on a 1-D finite element method (FEM) model.

3 MATERIALS AND METHODS
Three (3) full-scale TCC floor assemblies were
evaluated for fire-resistance, as detailed in the following
subsections.
3.1 Test 1 – CLT and concrete
The first TCC floor assembly consisted of a 5-ply, 175
mm thick, E1 stress grade CLT conforming to
ANSI/APA PRG-320 [9, 10]. Self-tapping wood screws,
180 mm long, were drilled into the specimen at 45º. The
entire threaded portion (100 mm), was drilled into the
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CLT. 89 mm of concrete was poured on top on the
assembly, having a compressive strength of 30 MPa after
28 days. Steel mesh was included for shrinkage
reinforcement but no tensile reinforcement was provided
in the concrete.
The finish dimensions were 1829 mm wide by 4800 mm
long. Along the 1829 mm width, the screws were spaced
at 102 mm in the centre and 51 mm from the edges. In
the long direction, screws were spaced 406 mm in the
centre and 165 mm from either end. Screws were angled
away from the centreline, parallel to the length of the
panel. Figure 1 shows the CLT panel and the selftapping screws placed at a 45° angle before the concrete
pour. The CLT was fully exposed to fire.
Figure 2: Test 2 – Screwed 2x8-concrete with truss plates

Centreline

3.3 Test 3 – LVL and concrete

Figure 1: Test 1 – CLT-concrete with self-tapping screws

3.2 Test 2 – Screw-laminated 2x8 and concrete
The second TCC floor assembly consisted of nominal
2x8 lumber boards of the Spruce-Pine-Fire (SPF) No.2
species group that were held together in “beams” of 5
boards. Each beam used a determined pattern of 180 mm
self-tapping screws to attach the boards together. Two
rows of self-tapping screws, each at 38 mm from the
edges of the board, were spaced every 610 mm. The
same pattern was used on the opposite side of the beam,
but staggered by 305 mm. Moreover, self-tapping screws
were driven at a 45º angle to join the beams together.
For the shear connectors between the timber and the
concrete, 254 x 127 mm conventional steel truss plates
were pressed into either side of the beam at 610 mm on
centre. 76 mm of the truss plates were pressed into the
timber.
Similarly to Test 1, the finish dimensions were 1829 mm
wide by 4800 mm long. 89 mm of concrete was also
poured on top on the assembly, having a compressive
strength of 30 MPa after 28 days. Steel mesh was
included for shrinkage reinforcement but no tensile
reinforcement was provided in the concrete. An
overview of the assembly before the concrete pour is
shown in Figure 2. The nailed-laminated beams were
fully exposed to fire.

The third TCC floor design was chosen so as to limit
duplication of any previous testing that has been
conducted to date. To be innovative for this specific
research project, laminated veneer lumber (LVL) was
used. The latter meets ASTM Standard Specification
D5456 [11] as evaluated by the Canadian Construction
Materials Centre (CCMC) and the International Code
Council Evaluation Services (ICC-ES) for code
compliance [12, 13]. The LVL beams were of 133 x 406
mm oriented flatwise and manufactured from wood
veneers bonded with a phenol-based exterior-type
structural adhesive, oriented vertically and running
parallel to the length of the member. The LVL beams
were connected side-by-side together using self-tapping
screws spaced at 305 mm on centre and drilled at 45°
angles.
The shear connection between the LVL beams and the
concrete topping was created using lag screws of 13 mm
diameter and 152 mm long, placed perpendicular (90°),
with a penetration depth of 89 mm into the LVL beams,
meeting lag screw material requirements of CSA O86
[14]. A diameter of 13 mm was selected to investigate
whether this diameter would result in greater heat
transmission up through the assembly during the fire test
when compared to the self-tapping screws used in the
other two tests. Across the 406-mm width of the LVL
beams, two rows of screws were spaced at 102 mm from
either edge and initially spaced at 610 mm at the centre
of the span and gradually decreased towards the outer
edges as the longitudinal shear flow became greater.
An 89-mm concrete topping was poured on top of the
assembly, having a compressive strength of 35.8 MPa
after 28 days. Similarly to the previous two tests, steel
mesh was included for shrinkage reinforcement, but no
tensile reinforcement was provided in the concrete.
Installation of the lag screws into the LVL beams during
construction is shown in Figure 3. The finish dimensions
were 3252 mm wide by 4800 mm long. The LVL beams
were fully exposed to fire.
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3252 mm

Figure 3: Test 3 – LVL-concrete with lag screws

3.4 Instrumentation
All three floor assemblies were instrumented with Type
K thermocouples to capture temperature profiles within
the timber components, at the shear connectors, and
within the concrete. Five locations were selected for
each set of thermocouples. Each set was embedded at 35,
70 and 105 mm from the exposed face (i.e. bottom
surface), which represents the CLT glue line locations.
Figure 4 shows the thermocouple locations for Test 3.

Figure 5: Test 3 – LVL-concrete shear test with lag screw

ISO 6891 [15] was used as the loading protocol for the
shear tests except that the preload cycle was omitted.
The tests were controlled in displacement by the
crosshead with a speed of 0.5 mm/min up to a
displacement of 4 mm and 1.5 mm/min afterward until
failure or large displacement was reached (over 15 mm).
Two lasers were installed per specimen. The slip taken
for the analysis is the average slip measure from the two
lasers.
The two others shear connections were evaluated in
other confidential projects, with similar configuration as
shown in Figure 6. A similar loading protocol was used
for these shear tests.

Figure 4: Test 3 – Thermocouple locations

3.5 Shear Testing
To minimize the assumptions during the structural
analysis, the material properties and the connection
properties are needed. Bending strength (Fb), tension
strength parallel to grain (Ft) and Young’s modulus (E)
of the timber components can be found in relevant
timber design standards or product evaluation reports.
However, there is no standard test method to evaluate the
properties of a timber-concrete connector. Several
authors have already conducted shear tests in several
configurations. As such, connection properties for Test 3
were determined by three symmetrical shear tests
conducted at FPInnovations’ laboratory in Quebec City
(QC), as shown in Figure 5. The average 28-days
concrete strength used for the shear tests was measured
to be 32.7 MPa from three cylinders.

(a)
(b)
Figure 6: Screw laminated concrete shear test with truss plate
(a) and CLT concrete shear test with self-tapping screw

3.6 Fire Testing
All three TCC floor assemblies were tested at the
National Research Council of Canada (NRCC) fire
laboratory in Ottawa (Ontario). Floor assemblies 1 and 2
were installed side-by-side on the full-scale furnace at
NRCC and tested simultaneously. A layer of fibrefrax
was placed between the two assemblies to prevent any
smoke leakage (Figure 7). Figure 8 shows the exposed
face of floor assembly 3 prior to fire testing, which was
tested alone at NRCC.
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Figure 7: Tests 1 and 2 – Fibrefrax joint between specimens

Figure 8: Tests 3 – Fire-exposed side in furnace

In addition to the floors’ self-weight, a 2.4 kPa
superimposed load was applied uniformly to all three
floor specimens. This load represents a typical live load
that could be expected for an office area (for floors
above the first storey) according to the North American
model building codes [16, 17]. This loading condition
also covers typical 1.9 kPa residential live loads.

4 RESULTS
4.1 Shear Testing
The results of the three shear tests are shown in Table 1
and the load-slip curves for each specimen are shown in
Figure 9. ki is the initial stiffness of the connector, Fu is
the measured peak load within a slip of 15 mm and δu is
the slip at the peak load.
Table 1: Material properties used in FEM analysis (in MPa)

Specimen
1
2
3
Average

ki
(N/mm)
6 850
6 848
5 970
6 556

Fu
(kN)
22.1
21.6
21.1
21.6

u

(mm)
15.0
15.0
15.0
15.0

Figure 9: Load-slip curves for lag screws used in Test 3

Given that the LVL, concrete and connection properties
are known, the flexural stiffness and the mechanical
resistance of the TCC floor assembly can be evaluated
by existing methods such as the γ-method proposed in
Annex B of the Eurocode 5 [18]. By applying this
method, the flexural stiffness of the TCC floor is 6.4 x
1012 N·mm² and the load capacity is of 62.7 kPa (186.3
kN·m/m). To evaluate the load capacity of the TCC
floor, the contribution of the concrete tensile strength is
neglected and ki is multiplied by 2/3. However, several
researchers doubt the precision of the γ-method to
evaluate the load capacity, especially with ductile
connectors, which is characteristic to lag screws. To take
into account the connection resistance and ductility, the
elasto-plastic model proposed by Frangi & Fontana [19]
is used. Following this method, the load capacity of the
floor was assumed to be of 60.4 kPa (179.6 kN·m/m). In
the case of Test 3, the evaluated capacities from the two
methods were found to be similar.
4.2 Fire Testing
All three TCC floor assemblies were exposed to the
standard CAN/ULC-S101 fire curve, which is a similar
exposure to that of ASTM E119. The average furnace
temperature was within 1% total error of the standard
fire curve, which is within the tolerance limit of 5% as
specified in the standards for tests lasting longer than 2
hours.
4.2.1 Test 1 and Test 2
During the simultaneous fire testing of TCC floor
assemblies 1 and 2, it was sometimes difficult to
differentiate between the observations of the two
assemblies. This is one of the drawbacks of testing two
assemblies simultaneously. Another disadvantage of this
method is that once one assembly failed it is very
difficult, if not impossible, to continue to test the other
specimen to failure.
Nevertheless, small pieces, presumably of the CLT
assembly were observed to start falling off at 60 min,
which became more prominent after 80 to 110 min. Just
after 3 h 20 min smoke was noted at the seam between
the two assemblies due to the difference in deflection
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between the two. Shortly after, the rate of deflection in
the CLT assembly began to rise quickly, which
ultimately lead to the failure of the assembly at 3 h 34
min (214 min). The screw-laminated wood assembly had
not yet failed, but the test was stopped due to flames
protruding up between the two specimens.
The panel had deflected until structural failure was
reached. When the frame was lifted off the furnace the
assembly was still intact, although a clear crack had
formed in the concrete near the centreline. Shortly after
extinguishing the assembly, the remaining concrete
could no longer carry its self-weight and it collapsed out
of the frame and fell to the floor (Figure 10). This
behaviour may potentially have been avoided if tensile
reinforcement had been provided in the concrete.

Figure 10: Test 1 collapsed after extinguishing

After the test, both specimens were removed from the
furnace, it could be observed that the first three
laminations of the CLT had fallen off (based on
observations of pieces falling off during the test), as had
the majority of the 4th lamination, although some pieces
of the 4th lamination were still intact. The resulting
charring rate from the thermocouple readings within the
CLT ranged from 0.50 mm/min for the 1st lamination to
0.91 and 0.73 mm/min for the 2nd and 3rd laminations
respectively, namely due to adhesive heat delamination
as typically observed in CLT fire testing. Temperatures
at the CLT-concrete interface increased on average only
20ºC, and merely 5ºC at mid-depth in the concrete.
However, the thermocouples at the concrete interface
that were directly attached to the shear connector
increased by 93ºC suggesting that heat was conducted up
through the screw, from the tip to the head. As the 3rd
lamination began to fall off, a steep rate of temperature
increase was noted at the screws, likely as the 3rd
lamination fell off the tips of the screws became fully
exposed to the furnace and therefore temperatures
increased more rapidly. Despite this temperature
increase, there was negligible heat transfer into the
concrete.
The screw-laminated wood-concrete assembly did not
reach failure; the test was stopped because the CLT-

concrete assembly had failed structurally (during
simultaneous
specimen
testing).
Upon
closer
investigation, most of the 2x8 lumber boards had
charred, with roughly 50 mm remaining. The resulting
charring rate from thermocouple readings was fairly
constant throughout the entire fire exposure, in the order
of 0.56-0.58 mm/min. Temperatures at the interface
increased 16ºC, and at the truss plate shear connector by
64ºC. This indicates that the truss plate was conducting
heat up its cross-section; however this did not affect the
temperature at the surrounding interface or into the
concrete any significant amount. Mid-depth into the
concrete temperatures rose by merely 10ºC.
After initial preloading, deflection was less than 1 mm
for both assemblies. The highest deflections were
consistently measured along the centreline for both
assemblies, as would be expected. Initially, the screwlaminated wood assembly was deflecting very slightly
more than the CLT assembly, however after 3 h this
changed when the rate of deflection of the CLT-concrete
assembly began to increase, ultimately until failure. The
maximum deflection for the CLT assembly prior to
failure was 75 mm, but this quickly increased to 210 mm
after structural failure. The maximum deflection in the
screw-laminated wood-concrete assembly was 30 mm at
the end of the test.
Early on in the test it was clear that temperatures were
rising more quickly in the CLT, and that ultimately the
CLT assembly reached higher temperatures, which can
be attributed partially to fall-off of the laminations (i.e.
adhesive heat delamination). Despite the variations in
temperatures throughout the majority of the test, the
charring rate for the first 35 mm of timber was similar
for both assemblies, i.e. around 0.55 mm/min. Over
greater depths, the total charring rate increased for the
CLT assembly, but maintained essentially constant for
the screw-laminated wood assembly. This can be
attributed to timber (2x8) staying in place and CLT
laminations falling off once fully charred.
The overall temperature rise at the timber-concrete
interface at the location of a shear connector was higher
for the screws by 30ºC, even though the truss plates
projected further down into the timber component and
have a greater overall surface area. This is likely more
attributed to the wood remaining in place on the screwlaminated assembly than the superior performance of the
truss plate.
Overall, both shear connectors performed very well in
terms of limiting heat transfer into the concrete and did
not make any evident significant impact on the overall
fire performance of the assemblies.
4.2.2 Test 3
Very little movement was apparent during most of the
test. There was no evidence of LVL veneers or sections
falling off as the char front progressed into the LVL
beams. There was one odd small localized piece that fell
off, but this was a rare occurrence and it happened very
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late into the test. Minimal deflections were apparent,
which slowly increased to about 1 cm after 2 h of
standard fire exposure.
After 3 h into the fire test, deflections began to increase
rapidly, eventually until failure, based on a very fast rate
of deflection. At 3 h 17 min, the load was removed from
the assembly because excessive deflections had reached
the maximum level of the loading pistons, and no load
was able to be applied after this point. Upon removal
from the furnace, the assembly was not able to support
its own self-weight and it collapsed into the furnace
(Figure 11). Again, this would most likely have not
happened if the concrete topping was designed as a
structurally reinforced slab.

300°C were recorded. Table 2 summarizes the resulting
average charring rates in the fire-resistance tests.
Table 2: Resulting charring rates (average values)

Location
35 mm
70 mm
105 mm

CLT
0.50
0.64
0.67

Charring rate (mm/min)
2x8
LVL
0.49
0.47
0.50
0.52
0.55
0.56

The charring rate for the first 35 mm of timber was fairly
consistent for all three tests. However, a significant
difference occurred once this point was passed. It was
observed from the temperature profiles recorded during
the fire test that the CLT adhesive was experiencing heat
delamination when the glue lines reached 150-200°C,
resulting in a much faster charring rate afterwards when
compared to the 2x8 and LVL. The charring rates
observed for the 2x8 and the LVL assemblies were
similar and fairly constant throughout the test duration.
Figure 12 shows the average char depth progression as a
function of time for all three TCC floor assemblies.

Figure 11: Test 3 collapsed in furnace during fire testing

Throughout the test, the rate of deflection stayed very
low. The rate began to increase around 170 minutes into
the test. At 191 minutes (3 h 11 min), the rate of
deflection spiked, which suggests that the assembly had
failed. As such, based on observation and from the ISO
834 [20] rate of deflection criterion, the assembly is
deemed to have failed at 191 min (3 h 11 min). The
maximum deflection at this time was of 13.7 cm.
The lag screw shear connectors extended 89 mm into the
LVL beams, and therefore were embedded at 64 mm into
the concrete. At the interface, temperatures increased on
average of 70°C at the LVL and 96°C at the locations of
the lag screws. This indicates that the lag screws were
experiencing a greater heat transfer through the assembly
than the self-tapping screws or the truss plates. Similarly,
at mid-depth into the concrete, temperature rise was
merely of 5°C, but the lag screws at this depth were
measured at 47°C. This indicates that the shear
connectors did transfer heat along their length, but this
temperature increase did not have a significant impact on
the surrounding assembly, nor their mechanical
properties.
4.2.3 Charring Rate
The char front was assumed to have reached the various
thermocouples depths once temperatures exceeding

Figure 12: Char depth progression during the fire tests

4.3 Finite Element Method Modelling
In an attempt to develop an analytical model to assess
the structural and fire-resistance of TCC floors, a 1-D
finite element method (FEM) model, as developed by
Cuerrier-Auclair [21], was used to predict the deflection
as a function of time, thus fire exposure. Table 3 gives
the material properties used in the FEM model,
applicable to Test 3.
Table 3: Material properties used in FEM analysis (in MPa)

Material
Concrete
CLT (1)
2x8
LVL

E
26 940
11 700
9 500
13 790

fc’
35.85
-

Fb
28.2
11.8
37.59

Ft
15.4
5.5
18.58

(1)
Due to the orthotropic nature of CLT, the actual strength and
stiffness values of the residual cross-section were calculated using
the methodology detailed in [3].
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Figure 13 shows a comparison between the experimental
deflection measured during Test 3 and the predictions
using the 1-D FEM model, in which the tension strength
of the concrete is neglected. A constant charring rate of
0.55 mm/min is assumed in the model and is consistent
with that observed from Test 3. The “Full composite
action” curve represents the deflection when the
connection between the LVL and the concrete is
assumed infinitely rigid, which is the upper bound
estimate of the assembly’s stiffness. The “Composite
action” curve represents the deflection of the LVLconcrete floor by assuming the same connection law
from the shear test. The “JPL Composite action” curve
represents the deflection of the LVL-concrete floor by
assuming the same connection law from the shear but by
multiplying the resistance by the JPL factor related to the
lag screw penetration length, as given in CSA O86. The
“Wood only” curve represents the deflection when the
concrete is assumed to be simply a dead load on the
wooden floor, which is the lower bound estimate of the
assembly’s stiffness (i.e. no structural contribution from
the concrete).

Figure 13: Comparison between predictions and experimental
deflection from Test 3

When examining Figure 13, one can observe that the
“Composite action” curve predicts well the deflection
until approximately 125 min. This means that the
connection starts losing its stiffness after that time, most
likely due to the reduced lag screw penetration in the
LVL and the increasing heat transfer in the connector.
After 125 min of standard fire exposure, the lag screw is
embedded in approximately 65 mm of LVL, while the
initial penetration was of 89 mm. To validate the
assumption of the loss in connection stiffness due to the
reducing penetration length, an analysis was made by
modifying the connection behaviour as a function of the
wood’s thickness and by multiplying the connection
strength by the JPL factor where a linear interpolation
was assumed between 0 for 0 mm of wood penetration
and 1 for 102 mm of wood (8dF, where dF is the fastener
diameter). It should be noted that CSA O86 assumes a
linear interpolation between 0.625 for 5dF and 1 for 8dF.
There is currently no guidance in CSA O86 for lag screw
penetration lower than 5dF. With 89 mm of initial
penetration, JPL is taken as 0.875 since the penetration is

less than the upper limit of 8dF. Figure 14 shows the
impact of the JPL factor on the connection behaviour.

Figure 14: Connection behaviour as a function of given JPL

Nevertheless, from the “JPL Composite action” curve
shown in Figure 13, it can be observed that a better
fitting is achieved until approximately 175 min of
standard fire exposure, but requires an improvement
most likely due to the JPL assumption for wood
penetration between 0 and 5df, which is currently not
documented or determined in timber design standards.
Table 4 gives the calculated fire-resistance time using
selected JPL factor which are 0.875, 0.219, 0.044 and
0.031. These factors translate to 100%, 25%, 5% and
3.5% of the initial stiffness, respectively. It can be
observed that the first 75% loss of connection stiffness
does not influence the resistance of the floor assembly,
probably due to the fact that the wood is so thin when it
collapses (around 7.5 mm) that the connection does not
need to be really stiff to transfer a good tensile force to
the wood. To obtain the same resistance time, the
connection stiffness needs to be reduced to 3.5% of its
initial stiffness.
Table 4: Time to failure with varying connection stiffness with
the 𝜸-mehtod

Connection
Stiffness
k = 1·⅔ ki
k = 0.25·⅔ ki
k = 0.05·⅔ ki
k = 0.035·⅔ ki

Calculation
(1-D FEM)
229 min
229 min
221 min
191 min

Experimental
(Test 3)
191 min

Figure 15 shows the comparison between the predicted
deflection and actual deflections from Tests 1 and 2,
following the same principles used to model Test 3. It
can be seen that approach provides reasonable
predictions for the CLT-concrete floor assembly for
standard fire exposure up to 180 min. Beyond this
duration, the fastener penetration length becomes
problematic and generates discrepancies in the FEM
modelling.
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However, it can be observed that the FEM model
significantly over predicts the deflection of the screwlaminated 2x8-concrete floor assembly. This is most
likely due to the composite action between the timber
boards acting as an “equivalent” slab of timber, in which
the FEM model does not fully capture. The evaluation of
the effective bending stiffness and strength of either
screw-laminated or nail-laminated timber (NLT) slabs
warrants further research for improving the FEM model,
and thus being capable to accurately predict the
structural fire-resistance time of such TCC floors.

loss of penetration of the shear connectors into the
timber components due to charring.
CSA O86 provides a factor to account for the penetration
which only gives a value when the penetration is
between 5 and 8 times the fastener diameter (dF). There
is currently no provision for penetrations less than 5dF.
However, during a fire test, the loss of timber due to
charring may become so important, that the minimum
penetration of 5dF value is no longer fulfilled and the
yield model may no longer provide accurate or
reasonable values. Whether the yield model still applies
at such low penetrations or how it should be applied
needs to be further investigated.
Therefore, more experimental results for a timberconcrete connection system as a function of its
penetration length are needed to better predict the fireresistance of TCC floors, namely with respect to its
strength and deflection towards the end, thus near
structural failure.
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FIREPROOF TESTS AND HEAT CONDUCTION ANALYSES FOR
DEVELOPMENT OF 2-HOUR FIRE RESISTANT STRUCTURES
Daisuke Kamikawa1, Toshiro Harada1, Tatsuo Inada2, Yoh Kuratomi2,
Ikuo Shiozaki3, Tadashi Murata3
ABSTRACT: Small furnace fire tests were conducted on CLT cladded with calcium silicate boards, gypsum boards,
and combinations of the two. The difference in fire resistance when using different board types, combinations, and
thicknesses was demonstrated. Some cross-sectional configurations had enough 2-hour fire resistance performance.
Then, the full scale 2-hour fireproof tests were conducted on CLT floor slabs containing an H-shaped steel beam. From
the result, it was suggested that additional thermal insulation on steel members or some artifice around the joint region
should be applied when wooden members like CLT and steel members are used together. In addition to these
experiments, one-dimensional heat conduction analyses of clad CLT were also conducted. The results from the
numerical model and a method of predicting fire resistance are discussed.

KEYWORDS: CLT, 2-hour fire resistance, fireproof test, heat conduction analysis

1 INTRODUCTION 123
The Japanese Building Standard Law specifies that
2-hour fireproof floor slabs are required in buildings of
more than four stories. To allow cross laminated timber
(CLT) to be used in the structure of mid-to-high-rise
buildings, 2-hour fireproof CLT must be developed and
must acquire certification by the Ministry of Land,
Infrastructure and Transportation. To apply for a
certification of 2-hour fireproof structure, fireproof fire
tests must be conducted to demonstrate the fire safety
performances. Fireproof structures are required to
maintain their load bearing ability and heat / flame shield
performances until the end of the fire. Add to these,
charring of wooden load bearing structure is not allowed
for the wooden fireproof structures in Japan. The
simplest way to secure these performances for CLT is to
clad using thermal insulation boards. However, no
information is available on the use of cladding materials
or on the thickness of cladding needed to ensure 2-hour
fireproof performance.
The purpose of this study was to explore the
relationship between the specification of the cladding
and its thermal insulation properties, and to confirm the
1
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fire safety of a CLT-steel joint. In this study, small
furnace fire tests were conducted to demonstrate the fire
resistant properties of CLT cladded with calcium silicate
boards, gypsum boards, and combinations of the two.
The 2-hour fireproof tests were conducted on a full scale
on CLT floor slabs containing an H-shaped steel beam.
In addition to these experiments, one-dimensional heat
conduction analyses of the clad CLT samples were also
considered as a method for further development.

2 SMALL FURNACE TESTS
2.1 Specimens and experimental method
Table 1 lists the specimens used in the small furnace
tests. As commonly used materials for fire resistant
cladding, fiber-reinforced calcium silicate boards and
gypsum boards were covered. Fig.1 shows an example of
specimen drawing for small furnace test (CB15/GB30).
Base CLT panels were made of Japanese cedar
(Cryptomeria japonica D. Don) with dimensions of 700
x 700 mm (Test No. 5, 8, 9 : 600 x 600 mm), t = 135 mm.
One side of these CLT surface was cladded with the
insulation boards shown in the Table 1 respectively.
These boards were fixed by screws (carbon steels for
cold heading, ø3.8-4.5mm, length 45-100mm). As
shown in Fig.1, 4 screws that fixed outermost board
were located within the heating area to investigate the
effect of their thermal bridge.
Small furnace tests were conducted using a furnace
at the Forestry and Forest Products Research Institute.
Furnace opening size was 500 x 500 mm (heating
orientation : the horizontal direction), and the specimen
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Table 1: Cross-sectional configurations of cladding materials for small furnace tests and summary of results
Peak temperature of CLT surface* 2-hour Fireproof
performance
Temp (℃)
Time (min)

Test
No.

Specimen name

Cladding material

1

CB 75

Fiber-reinforced calcium silicate board(1)a) 15mm×5

132.3

227

○

a)

-

(210)

×

b)

(167)

×

2

CB 50

Fiber-reinforced calcium silicate board(1) 25mm×2

3

CB' 50

Fiber-reinforced calcium silicate board(2) 25mm×2

-

4

GBF 75

Fire-Resistant Gypsum boardc) 15mm×5

94.0

162

○

5

GBF 60

Fire-Resistant Gypsum boardc) 15mm×4

134.0

253

○

6

GBF 50

Fire-Resistant Gypsum boardc) 12.5mm×4

281.8

237

×

d)

7

GBR 50

Gypsum board-Regular type 12.5mm×4

-

8

GBRH 50

Gypsum board-Regular-Hatd typee) 12.5mm×4

262.4

235

×

a)

(175)

×

9

CB15/GB45

Fiber-reinforced calcium silicate board 15mm
c)
+ Fire-Resistant Gypsum board 15mm ×3

120.4

299

○

10

CB15/GB42

Fiber-reinforced calcium silicate boarda) 15mm
c)
+ Fire-Resistant Gypsum board 21mm ×2

138.5

252

○

11

CB15/GB30

Fiber-reinforced calcium silicate board 15mm
c)
+ Fire-Resistant Gypsum board 15mm ×2

230.6

199

×

a)

* “‐” means over 300°C, and its time is indicated in bracket.
a) JIS A 5430 Calcium silicate board Type3, 0.5TK
b) JIS A 5430 Calcium silicate board Type3, 0.2TK

c) JIS A 6901 GB-F
d) JIS A 6901 GB-R
e) JIS A 6901 GB-R-H

Figure 2: Vertical cross-section of small furnace

Figure 1: An example of specimen drawing for small
furnace test (CB15/GB30)

was set upright over that opening like a wall (Fig.2). No
loading was placed on the specimen. The furnace
temperature was controlled according to the standard
temperature-time curve in ISO-834 for 2 hours [1], and
after the burner flame was extinguished, the specimen

was left placed on the furnace for 6 hours (the heating
period x 3) or obvious charring of the CLT was observed.
The furnace temperature after heating period was
controlled by air supply fan so that it would correspond
with temperature declining curve in previous full scale 2hour fireproof test [2]. The temperature of the furnace,
board boundaries, and CLT were measured using K-type
thermocouples (see Fig.2) and the data were recorded on
a PC via a data logger at five second intervals.
2.2 Small furnace test results
The peak temperature of CLT surface, peak time and
whether the specimen had 2-hour fireproof performance
are shown in Table 1. The symbol “‐” in the peak
temperature column means “over 300°C”, and the time
at which it was reached is given in brackets. Samples
CB75, GBF75, GBF60, CB15/GB45, and CB15/GB42
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Figure 3:
Transition of CLT surface temperature (Small furnace)

Figure 4: Heated surface after small furnace test (GBR50)

showed no charring or discoloration by thermal
decomposition at the surface of the CLT. On CLT
surface of these samples except CB15/GB42, the
discoloration around the screw holes was not observed.
Although there were slight discoloured points around the
screw holes of CB15/GB42, it would not be regarded as
problematic since neither reached the so-called charring
stage. Therefore, these 5 specimens thought to had 2hour fireproof performance in terms of the thermal
insulation performance of cladding materials. The CLT
surfaces of the other specimens showed obvious charring,
and the samples failed to satisfy the 2-hour fireproof
requirement.
Fig.3 shows the surface temperatures at the heated
side of the CLT of some specimens tested by small
furnace. When specimens that were cladded by 50mm
thick boards are compared, the performance to keep the
CLT surface temperature low are rated roughly:
GBRH50 ＞ GBF50 ＞ GBR50 ＝ CB50 ＞ CB’50. Large
cracks and warpages were seen on the outermost and
second gypsum board of GBR50 (Fig. 4). These were
thought to degrade the thermal insulation. As examples
of the temperature transition in the specimens, those of
CB50, GBF60, CB15/GB45, and CB15/GB42 are shown
in Figs. 5-8. The values in parentheses on the graph
legends indicate depth from the surface. The internal
temperatures of CB50 rose linearly with little stagnation
at 100°C as compared with GB60. For the specimens
cladded by gypsum boards, long stagnation of gypsum
board temperatures near 100°C were observed. The
further from the heated surface the longer those periods

Figure 5: Transition of temperature (Small furnace CB50)

Figure 6: Transition of temperature (Small furnace GBF60)

Figure 7:
Transition of temperature (Small furnace CB15/GB45)

Figure 8:
Transition of temperature (Small furnace CB15/GB42)
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became. These stagnations were caused by the
vaporization heat of the crystallization water in the
gypsum boards. The thermal conductivity of applied
calcium silicate board was lower than that of gypsum
board (calcium silicate board: 0.10W/mK(at RT) –
0.15W/mK (at 800°C), gypsum board: 0.27W/mK (at
RT) – 0.23W/mK (at 800°C) [3]). However, owing to
this vaporization heat effect, CLT surface temperatures
of GB series specimens were lower than those of the CB
series specimens with the cladding thickness of about
50mm. On the other hand, comparing GBF60 (Fig.6) and
CB15/GB45 (Fig.7), which were both cladded with 60
mm thick board, the internal temperatures of
CB15/GB45 were totally lower than those of
GBF60. The maximum temperature at the boundary
between the outermost and second board (15 mm from
the heated surface) of CBF60 was 758°C, which was
higher than the 551°C of CB15/GB45. This suggests
that calcium silicate board is more effective than gypsum
board near surface where receives intense heat to a high
temperature. Moreover, gypsum boards after the tests
crumbled easily in the fingers, whereas calcium silicate
boards after the tests maintained a reasonable strength.
Based on these results, it is suggested that combined
arrangement of a calcium silicate board (outer) and
gypsum boards (inner) is efficient and these boards of
about 60mm thick are needed for 2-hour fireproof

performance.

3 FULL SCALE FURNACE TESTS
3.1 Specimens and experimental method
Full scale furnace tests were conducted for 2 specimens
assuming 2-hour fire exposure of the lower surface of
floor slabs. The external size of specimens were 4,300 x
2,200 x 505 mm (specimen A), and 4,300 x 2,200 x 470
mm (specimen B). Fig.9 and Fig.10 show them in
vertical cross-section (shorter direction). Each specimen
had an H shaped steel beam (H-300 x 15 x 6.5 x 9 mm)
at the center of the short side. Two CLT panels
(Japanese cedar (Cryptomeria japonica D. Don), size:
4,300 x 1,100 mm, t = 135 mm) were placed over the
steel beam. The lower surfaces of CLT were cladded
with calcium silicate boards (1) (JIS A 5430 Calcium
silicate board Type3, 0.5TK) and fire-resistant gypsum
board boards (JIS A 6901 GB-F), and steel beams were
cladded with calcium silicate boards (1). The thicknesses
are shown in Figs. 9 and 10. The performance of the
applied steel beam cladded with 35 mm calcium silicate
boards (1) corresponds to the 2-hour fireproof
requirement. No claddings were attached to the upper
surfaces of the CLT. The joints of the cladding boards
were displaced from those of the other layer’s boards.
Every board joint was a butt joint, without putty

Figure 9: Vertical cross-section of actual-size specimen for 2-hour fireproof test (Specimen A shorter direction)

Figure 10: Vertical cross-section of actual-size specimen for 2-hour fireproof test (Specimen B shorter direction)
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Figure 11: Transition of temperature (Actual-size Specimen A)

Figure 12: Transition of temperature (Actual-size Specimen B)

Figure 13: Actual-size Specimen and horizontal furnace

Figure 14: Heated surface of actual-size specimen after
fireproof test (Specimen A)

Figure 15: CLT surface of actual-size specimen after
fireproof test (Specimen A)

Figure 16: CLT-steel beam contact surface (Specimen A)

Figure 17: Heated surface of actual-size specimen after
fireproof test (Specimen B)

Figure 18: CLT-steel beam contact surface (Specimen B)
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treatment. The cladding boards were fastened to the
lower surfaces of CLT by screws (carbon steels for cold
heading, ø3.8-4.5mm, length 45-100mm). To investigate
the effect of their thermal bridge, the lengths of the
screws used to fix the outermost board were different at
the two sides of the beam, as shown in Figs.9 and 10.
The horizontal furnace of the Central Laboratory of
Japan Testing Center for Construction Materials was
used for the full-scale furnace tests. No loading was
placed on the specimens. The furnace temperature was
controlled according to the standard temperature-time
curve in ISO-834 for 2 hours, and after the burner flame
was extinguished, the specimen was left placed on the
furnace for 6 hours (heating period x 3). Temperatures
were measured using K-type thermocouples at the
boundaries of the boards, the CLT surface, the center of
the steel beam web and lower flange, both edges of the
upper flange, and the center of the fixing stud (see Figs.
9, 10). The data were recorded on a PC via a data logger
at an interval of 60 seconds. After the tests, specimens
were dismounted from the furnace and disassembled to
examine the discoloration and charring of the CLT
surface.
3.2 Full scale furnace test results
The temperature transitions for specimen A and B are
shown in Figs. 11 and 12. No fall of the calcium silicate
board was found in either specimen (see Figs.14 and 17).
The maximum temperatures of the CLT surface at the
center of the panel were 167°C for specimen A and
116 °C for Specimen B, and no discoloration or charring
of the CLT surface was observed outside the range of the
heat from the steel beam. Heat conduction by the screws
did not cause charring of the CLT. Some discoloration
was observed at the CLT-steel beam contact surface of
specimen A but this was thought to be stain from a
wooden extract derived by condensed water. The 2-hour
fireproof performance of specimen A was therefore
confirmed. In contrast, charring and glow combustion
were observed at the boundary of the steel beam and
CLT surface of specimen B. The maximum temperatures
at the center of the steel beam web and lower flange
were 205°C and 221°C respectively for specimen A and
380°C and 416°C for specimen B. The temperature of
the steel beam in specimen B, which was cladded with
35mm calcium silicate boards (1), exceeded the
temperature at which wood begins carbonization.
Therefore, charring and glow combustion of CLT
occurred at the boundary with steel beam for specimen B.
Japanese fire test regulations for steel members (columns
and beams) set a limit of 350°C on average and 450°C at
maximum. Furthermore, there is no steel temperature
limitation as long as the load support performance is
confirmed by fireproof test under loading. This means
that connection of wooden member and steel one might
cause such problem even if certified as fireproof
members. Additional thermal insulation on steel
members or some artifice around the joint region should
be applied when wooden members like CLT and steel
members are used together.
From these results, the followings were indicated;

CLT cladded with 15 mm calcium silicate board (1) and
45 mm fire-resistant gypsum board satisfied the 2-hour
fireproof requirement.
Heat conduction by screws did not cause charring of the
CLT even when the screw heads were exposed on the
heated surface.
A steel beam cladded with 70 mm calcium silicate
boards (1) did not exhibit any fire safety problems such
as charring at the upper flange where it connected with
the CLT.
When CLT and steel members are used together,
additional thermal insulation should be applied to the
steel members or the joint region.

4 HEAT CONDUCTION ANALYSES
4.1 Numerical calculation model
One-dimensional heat conduction analyses were
conducted for clad CLT using Excel VBA. Fig.19 shows
a conceptual diagram of the numerical model. In this
analyses model, heat transfer was calculated by spatially:
central-difference scheme, temporally: Runge-Kutta
method. The temperature dependency of the heat
capacity and conductivity, and the latent heat from water
vaporization, were considered for all the materials in the
model. The basis equation is:
𝜌𝜌𝑐𝑐𝑝𝑝

𝜕𝜕𝜕𝜕
𝜕𝜕𝜕𝜕

=

𝜕𝜕
𝜕𝜕𝜕𝜕

�𝜆𝜆

𝜕𝜕𝜕𝜕
𝜕𝜕𝜕𝜕

� − 𝑄𝑄𝑒𝑒𝑒𝑒𝑒𝑒𝑝𝑝

(1)

where 𝜌𝜌 is density, 𝑐𝑐𝑝𝑝 is specific heat, 𝜆𝜆 is thermal

Figure 19: Conceptual diagram of numerical model
Table 2: Heat physical property values for numerical
calculation model [3,4]
Material

Property

Unit

Used value (T: Celsius' temperature scale)

Calcium

ρ

kg/m3

380

silicate board

λ

W/mK

1.56x10-7xT2 - 6.35x10-5xT + 0.103

cp

J/kgK

1047

%

10

w0 (initial)
Gypsum

ρ

kg/m3

790

board

λ

W/mK

T<800 : 5.81x10-7xT2 – 5.23x10-4xT + 0.279
T≧800 : 3.04x10-3xT – 3.03

cp
w0 (initial)
Wood (CLT)

J/kgK

3.84x10-3xT2 – 3.46xT + 1610

%

25

ρ0

kg/m3

350

λ

W/mK

T<100 : 5.09x10-4xT + 0.135
T≧100 : - 5.09x10-4xT + 0.237

cp

J/kgK

4.87xT + 1110

%

12

ρ

kg/m3

105

λ

W/mK

9.40x10-5xT + 0.026

cp

J/kgK

0.913xT + 829

w0 (initial)
Char
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conductivity and 𝑄𝑄𝑒𝑒𝑒𝑒𝑒𝑒𝑝𝑝 is evaporation heat. The values
of the physical properties used in the calculation are
shown in Table 2. The vaporization of water was
calculated assuming that water evaporates between
𝑇𝑇𝑒𝑒𝑒𝑒𝑒𝑒𝑝𝑝1 (=90°C) and 𝑇𝑇𝑒𝑒𝑒𝑒𝑒𝑒𝑝𝑝2 (=100°C), and the
evaporation heat was calculated by equation (2):
𝑄𝑄𝑒𝑒𝑒𝑒𝑒𝑒𝑝𝑝 =

𝜌𝜌0 𝑤𝑤0 𝐿𝐿𝑤𝑤

𝜕𝜕𝜕𝜕

(2)

𝜕𝜕𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒2 −𝜕𝜕𝑒𝑒𝑒𝑒𝑒𝑒𝑒𝑒1 𝜕𝜕𝜕𝜕

where 𝜌𝜌0 𝑤𝑤0 is the initial amount of water and 𝐿𝐿𝑤𝑤 is the
heat of vaporization per unit weight (=2.258 x106 J/kg).
The thermal decomposition of wood was calculated
using the remaining ratio of wood R, given by 𝜌𝜌/𝜌𝜌0 , and
the rate of change was given by [5]:
𝜕𝜕𝜕𝜕
𝜕𝜕𝜕𝜕

= −𝑘𝑘 �𝑅𝑅 − 𝑅𝑅∞ (𝑇𝑇)�
𝑘𝑘 = 𝑘𝑘0 𝑒𝑒𝑒𝑒𝑒𝑒(−

𝐸𝐸

𝜕𝜕𝑔𝑔 𝜕𝜕

)

Figure 20: Comparison of calculated temperature with
experimental one (Small furnace GBF50)

(3)
(4)

where 𝑘𝑘0 is a frequency factor (=3.72×106 s-1), 𝐸𝐸 is the
activation energy (=1.07×108 J/kmolK) and 𝑅𝑅∞ (𝑇𝑇) is
defined as follows::
𝑅𝑅∞ (𝑇𝑇) =

( 𝑇𝑇 < 200℃)
1
−0.007𝑇𝑇 + 2.4 ( 200℃ ≤ 𝑇𝑇 < 300℃)
( 𝑇𝑇 ≥ 300℃)
0.3

(5)

The thickness of the computational element was 2.5 mm
and Δt = 1 s. Changes in the physical properties of the
wood caused by pyrolysis were also set in the calculation.
Values of ρ, λ and cp for wood were conflated with these
for char according to change of R. The radiative and
convective heat transfers were calculated at surface
boundary as shown in Fig.19. The furnace temperature
was given according to the standard temperature-time
curve ISO-834 (~120min) and measured temperature
(120min~).

Figure 21: Comparison of calculated temperature with
experimental one (S Actual-size Specimen A (CB15/GB45))

4.2 Results of the numerical calculations and
prediction
As examples of the calculated temperature transitions,
those for GBF50 (small furnace test No.6) and
CB15/GB45 (Actual-size Specimen A) are shown in
Fig.20 and Fig.21as dotted lines. The solid lines in the
figures represent the experimentally measured
temperatures. In the case of GBF50, the calculated
temperature curves and maximum values were in close
agreement with experimental results, though the time at
which the temperature rose again after the stagnation at
100°C became earlier in deeper zone. A similar tendency
was observed in the case of CB15/GB45. The reason was
thought to be the transfer of water vapor through the
cladding boards.
In an attempt to predict the temperature transition using
this model, the transition for GB45/CB15 was calculated.
This cross-section composition was the constitution
whose order of cladding material was replaced from
CB15/GB45. The calculated temperature transition is
shown in Fig 22, while Fig.23 shows the transitions of
the calculated water content ratio W and the remaining

Figure 22: Calculated temperature for GB45/CB15

Figure 23: Calculated water content ratio W and remaining
ratio of wood R for GB45/CB15
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ratio of wood R for GB45/CB15. Compared with result
for CB15/GB45 (Fig.21), internal temperature became
higher and the maximum temperature of CLT was 273°C.
As shown in Fig.23, the value of R transition indicates
charring of CLT. In a short, this calculation result
predicts that thermal insulation property would be
deteriorated by reverse of a calcium silicate board and
gypsum boards. Thus, the calculation model is useful as
a method for relative comparison while some
improvement such as the implementation of calculation
for water vapor transfer are needed for detailed
prediction of absolute values.

5 CONCLUSIONS
2-hour fireproof tests for CLT cladded with calcium
silicate board or/and gypsum board were conducted with
small furnace and full scale furnace. The difference in
fire resistant properties between board types,
combinations and thicknesses were demonstrated, and
some cross-sectional configurations had enough 2-hour
fire resistance performance. The one dimensional heat
conduction analyses for these cladded CLT were also
conducted. Consistency of the calculation model and fire
resistance prediction method was discussed.
The knowledge obtained from these studies can be
summarized as follows:
 In the small furnace tests, it was demonstrated that
CB75, GBF75, GBF60, CB15/GB45, and
CB15/GB42 had 2-hour fireproof performance in
terms of the thermal insulation performance of
cladding materials.
 Comparing specimens cladded with 50mm thick
boards, the performance to keep the CLT surface
temperature low against 2-hour fire-exposure were
rated roughly: GBRH50 ＞ GBF50 ＞ GBR50 ＝
CB50＞CB’50.
 It is suggested that combined arrangement of a
calcium silicate board (outer) and gypsum boards
(inner) is efficient and these boards of about 60mm
thick are needed for 2-hour fireproof performance.
 It was confirmed by full scale fire test that CLT
cladded with 15mm calcium silicate boards (1) and
45mm fire-resistant gypsum board boards had
enough 2-hour fireproof performance.
 A steel beam cladded with 70 mm calcium silicate
boards (1) did not exhibit any fire safety problems
such as charring at the upper flange where it
connected with the CLT.
 Heat conduction by screws did not cause charring
of the CLT even when the screw heads were
exposed on the heated surface.
 When CLT and steel members are used together,
further thermal insulation on steel member or some
artifices around the joint region should be applied
in addition to normal fireproofing protection for
steel member.
 The calculation model is useful as a method for
relative comparison while some improvement such
as the implementation of calculation for water
vapor transfer are needed for detailed prediction of
absolute values.
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STRUCTURAL FIRE DESIGN OF TALL TIMBER BUILDINGS USING
CROSS LAMINATED TIMBER (CLT) TO EUROCODES
Binsheng Zhang1, Xuan Zhao2, Iain Sandersaon3, Tony Kilpatrick4
ABSTRACT: The development and renaissance of modern engineered products, advanced connections and modern
construction technology have made it viable to design and construct multi-storey timber buildings. However, a number
of issues need to be raised urgently, in particular fire safety and secondary structural effects. This research aims to
develop performance-based fire engineered solutions for tall timber buildings through current design practice review,
experimental examinations of engineered timber products and connections, performance-based fire safety modelling
and numerical simulations of tall timber buildings under fire conditions so as to eventually help construction industries
to plan, design and construct tall timber buildings. This research is under progress at Glasgow Caledonian University,
UK and this paper summarises the procedures for designing tall timber buildings using CLT to the current Eurocodes.
KEYWORDS: Tall timber building, Structural fire design, CLT, Eurocodes

1 INTRODUCTION 1234
With the development and renaissance of modern
engineered timber products, e.g. Glulam, laminated
veneer lumber (LVL), cross-laminated timber (CLT),
etc., advanced connections and innovative construction
technology, modern tall timber buildings have been
designed and constructed in the world. Issues like fire
safety and secondary structural effects, however, need to
be raised urgently. Strict prescriptive fire design rules
have prevented historically the development of tall
timber buildings, but the move to performance-based fire
engineering makes it possible to design and construct
tall, fire-safe timber buildings. This research aims to
develop performance-based fire engineered solutions for
tall timber buildings so as to eventually help construction
industries to plan, design and construct tall timber
buildings. In Europe, Eurocodes have been widely used
for design of timber structures [1-3], in particular used
for tall timber buildings.
For a long time, timber as a construction material has
been negatively viewed for its applications for tall
buildings due to the perception of increased fire hazard.
This has been further reinforced by some model building
codes through height and area limitations [4,5]. Modern
engineered timber products can indeed help reverse this
negative perception. In particular, CLT as an engineered
composite timber product with multiple layers of boards
adhered perpendicularly to each other can help achieve
desirable strength in multiple directions [6]. Nowadays,
1
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Timber is increasingly becoming a desirable construction
material. Normal schemes for timber building are for
low-rise and mid-rise buildings, and this tends to extend
to high-rise buildings. As a renewable and sustainable
construction material, timber can provide sequestration
of carbon and has much less embodied energy and water.
Compared with other building materials like steel or
concrete, timber emits less greenhouse gases and wastes
and can be recycled conveniently or reused as fuel.
Timber can be considered as an attractive material for
green construction, as it is often perceived to be an
environmentally friendly, sustainable resource [7]. If
sustainably sourced, timber is nearly carbon neutral
compared to most construction materials, and the wood
itself is 100% renewable [8].
Recently proposed architectural designs have explored
the potential to reach heights of 30-stories [9]. Michael
Green, an architect from Vancouver, is a pioneer for
these developments and leads the construction of highest
towers with timber in the world. It is a skyscraper of 35
storeys and part of Baobab, a building consisting of six
towers in Paris. The building would be at least three
times higher than Forté Apartments in Melbourne (see
Figure 1), which has ten storeys, as well as Stadthaus in
London, which has nine storeys and is the tallest timber
building in the UK and was the tallest in the world. Also
a fourteen-storey residential timber building, Treet, is
under construction in Norway [10]. Under planning are
other timber towers taller than 30-storeys in Stockholm,
Vancouver, Vienna, etc.
In spite of high expectations and perhaps demanding,
however, there are many challenges and knowledge gaps
for understanding, planning, designing and constructing
tall timber buildings ahead, including
 no designing codes on CLT designing members,
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 lack of information about fire testing on structural
and non-structural elements,
 full load testing on structural elements under fire,
 full loading test on whole timber structure,
 element assemblies for tall timber buildings,
 available high performance connections,
 fire testing on whole structure,
 full design and analysis of CLT members,
 fire protection designing.

design. Nowadays CLT, together with glulam, etc., has
become popular for constructing tall timber buildings
and is used as a key product for this study.
2.1 ULTIMATE LIMIT STATES DESIGN
In general, Equation (6.10) in EN 1990 [1] requires that
the design values of the effect of combined actions for
ultimate limit states, Ed,ULS, for persistent or transient
design situations (fundamental combinations) are
calculated from
Ed,ULS =   G, j Gk , j +  Q,1 QQ,1 +   Q,i  0,i Qk ,i
j 1

i 1

(1)

where
Gk,j= characteristic value of permanent action j ( j ≥ 1),
Qk,1 = characteristic value of leading variable action 1,
Qk,i = characteristic value of variable action i (i > 1),
G,j = partial factor for permanent action j ( j ≥ 1),
Q,i = partial actor the variable action i (i ≥ 1),
0,i = factor for combination value of variable action i (i
> 1).
Alternatively, the larger value from Equations (6.10a)
and (6.10b) in EN 1990 [1] can be used for load
combinations as follows
Figure 1: Lend Lease Forte in Melbourne’s Victoria Harbour,
Australia (http://www.forteliving.com.au/index.html)

For CLT structures, many researchers have focused on
the method for designing CLT members. So far there are
no standard methods for design of CLT structures,
except two typical methods which are used for designing
CLT members: the Shear Analogy Method proposed by
Kreuzinger [11] and the design method proposed by
Schickhofer [12].
This study is trying to summarise the design procedure
for tall timber buildings using cross-laminated timber
(CLT) based on the current design codes and other
researchers’ work under normal temperature and high
temperature conditions, which can be used as guidance
for practical design of tall timber buildings using CLT.

Ed,ULS

⎧  G, j Gk, j +  Q,1  0,1 QQ,1 +   Q,i  0,i Qk,i
i 1
⎪ j 1
=⎨
⎪   j  G, j Gk, j +  Q,1 Qk,1 +   Q,i  0,i Qk,i
i 1
⎩ j 1

(2)

where
ψ0,1 = factor for combination value of leading variable
action 1,
j = reduction factor for unfavourable permanent action j
( j ≥ 1).
Choosing suitable values from Table NA.A1.2(B) in the
UK NA to EN 1990 [13], the design values of loading on
CLT members can be obtained. As an example for 5layer CLT members (Figure 2), the following seven ULS
criteria should be checked for ultimate limit states
designs (ULS), together with the definitions of the terms.

2 CLT FLOOR DESIGN UNDER
NORMAL TEMPERATURE
For timber building design, regulations and requirements
for ultimate limit state (ULS) and serviceability limit
state (SLS) should be followed for individual structural
elements and their assemblies. For every design effect,
each combination of actions with the largest values must
be considered and determined. To achieve ultimate limit
states design of a tall timber building, bending, shear,
bearing, axial loading, torsion, buckling in the members,
etc., should be checked at normal temperature first [1,2].
Also deflection and vibrational performance of timber
members are significantly important for designing and
should be checked and verified according to SLS criteria
for members of tall timber buildings. Mechanical
properties of engineered timber products should be
determined experimentally as these values are needed for
verifying ULS and SLS criteria in tall timber building

Figure 2: A typical 5-layer CLT element

2.1.1 Bending
Selecting unit width of CLT floor as a beam and check
the extreme design bending stress, m,edge,d, as

 m,edge,d =

M Ed tCLT
E0  f m,CLT,d
K CLT 2

where
MEd = design bending moment on the CLT section,
tCLT = total thickness of the CLT section,
E0 = elastic modulus of timber parallel to the grain,

(3)
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KCLT = equivalent plate bending stiffness of the floor
about an axis perpendicular to the beam direction,
obtained from Equation (4),
fm,CLT,d = design bending strength of timber material
forming CLT, obtained from Equation (5),
n

n

i =1

i =1

K CLT =  ( Ei I i ) +  Ei Ai ei2

(4)

f m,CLT, d = ( f m,CLT,k k mod k h k m,α k sys ) /  M

(5)

Ei = elastic modulus of layer i,
Ii = moment of inertia for the cross-section of layer i,
Ai = cross-sectional area for the cross-section of layer i,
ei = distance between the centre of layer i and the neutral
axis (N.E.),
fm,CLT,k = characteristic bending strength of CLT,
kmod = value related to strength properties for service and
load-duration classes,
kh = value relate to the bending/tension strength parallel
to the grain and to member depth/width,
km,α = value relate to the bending strength of singletapered beams,
ksys = value relate to lateral load distribution in a
continuous deck or floor system,
M = partial factor for timber materials.
2.1.2 Shear
There are two shear directions for CLT elements. When
checking the shear for CLT floor, the shear stresses in
both two orthogonal directions, i.e. the longitudinal
design shear stress v,d and the transverse design shear
stress r,d, should be checked as

 v,d  f v,CLT,d

(6)

 r,d  f r,CLT,d

(7)

where

 v,d

E I 1.5VEd
= i i
K CLT b hi

(8)

Ei I i 1.5VEd
K CLT b hi

(9)

 r,d =

f v ,CLT ,d = ( f v,CLT,k k mod k v k sys ) /  M

(10)

f r ,CLT ,d = ( f r,CLT,k k mod k r k sys ) /  M

(11)

VEd = design shear on the CLT section,
b = width of the CLT section,
hi = depth of CLT layer i,
fv,CLT,d/k = design/characteristic shear strength of CLT in
the longitudinal direction,
fr,CLT,d/k = design/characteristic shear strength of CLT in
the transverse direction,
kv = value related to the longitudinal shear strength in a
notched beam for fv,CLT,k,
kr = value related to the transverse shear strength in a
notched beam for fr,CLT,k.

Though the maximum bending stress of the CLT floor as
a beam need to be checked, it is necessary to check each
layer of the CLT floor against axial loading. For a fivelayer CLT floor, it is needed to check the compression
parallel to the grain due to bending (Layer 5),
compression perpendicular to the grain due to bending
(Layer 4), tension parallel to the grain due to bending
(Layer 1) and tension perpendicular to the grain due to
bending (Layer 2). Due to symmetry, the compressive
and tensile stresses parallel to the grain are the same, and
so are the compressive and tensile stresses perpendicular
to the grain.
2.1.3 Compression parallel to the grain due to
bending
The design compression stress parallel to the grain,
c,CLT,0,d, should satisfy

 c,CLT,0,d =

M Ed
e5 E0  f c,0,d
K CLT

(12)

where
e5 = distance between the centre of layer 5 and the N.E.,
fc,0,d = design compressive strength of the layer 5 timber
material forming the CLT section, parallel to the
grain, obtained from Equation (13),

f c ,0, d = ( f c,0,k k mod k sys ) /  M

(13)

fc,0,k = characteristic compressive strength of the layer 5
timber material forming CLT parallel to the grain.
2.1.4 Compression perpendicular to the grain due to
bending
The design compressive stress perpendicular to the grain,
c,CLT,90,d, should satisfy

 c,CLT,90,d =

M Ed
e4 E90  f c,90,d
K CLT

(14)

where
e4 = distance between the centre of layer 4 and the N.E.,
fc,90,d = design compressive strength of the layer 4 timber
material forming the CLT section, perpendicular to
the grain, obtained from Equation (15),

f c ,90, d = ( f c,90,k k mod k sys ) /  M

(15)

fc,90,k = characteristic compressive strength of the layer 4
timber material forming CLT perpendicular to the
grain.
2.1.5 Tension parallel to the grain due to bending
The design tensile stress parallel to the grain, t,CLT,0,d,
should satisfy

 t,CLT,0,d =

M Ed
e1 E0  f t,0,d
K CLT

(16)

where
e1 = distance between the centre of layer 1 and the N.E.,
ft,0,d = design tensile strength of the layer 1 timber
material forming the CLT section, parallel to the
grain, obtained from Equation (17),
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f t,0, d = ( f t,0,k k mod k h k sys ) /  M

(17)

ft,0,k = characteristic tensile strength of the layer 1 timber
material forming the CLT section, parallel to the
grain.
2.1.6 Tension perpendicular to the grain due to
bending
The design tensile stress perpendicular to the grain,
t,CLT,90,d, should satisfy

 t,CLT,90,d =

M Ed
e2 E90  f t,90,d
K CLT

(18)

where
e2 = distance between the centre of layer 2 and the N.E.,
ft,90,d = design tensile strength of the layer 2 timber
material forming the CLT section, perpendicular to
the grain, obtained from Equation (19),

f t ,90,d = ( f t,90,k k mod k h k sys ) /  M

(19)

ft,90,k = characteristic tensile strength of the layer 2 timber
material forming the CLT section, perpendicular to
the grain.
2.1.7 Bearing
The behaviour of CLT timber under the action of
concentrated loads, e.g. at positions of support, is
complex and influenced by both the contact length and
location of bearing. The design compressive strength
perpendicular to the grain is used to as the bearing
strength. Equation (6.3) in EN 1995-1-1 should be
checked for bearing as follows

c,90,d  kc,90 fc,90,d

(20)

where

c,90,d = design compressive stress on the contact area

perpendicular to the grain,
ft,90,d = design compressive strength of the layer 1 timber
material forming the CLT section, perpendicular to
the grain, obtained from Equation (21),

f c ,90, d = ( f c,90,k k mod k sys ) /  M

(21)

kc,90 = a factor which takes into account the load
configuration, the possibility of splitting and the
degree of compression deformation and varies
between 1.0 and 1.75 depending support conditions.
2.2 SERVICEABILITY LIMIT STATES DESIGN
The design effect of actions for serviceability limit
states, Ed,SLS, used to calculate the deflections should be
determined from Equation (6.14b) in EN 1990 [1] as

Ed,SLS = Gk,j + Qk,1 + 0,i Qk,i
j1

i 1

(22)

2.2.1 Static deflection
Traditionally when designing a beam or floor, only the
component of deflection due to bending is considered,
because the shear moduli in other materials, e.g. steel,
are considerably higher as a percentage of the true elastic

modulus than that of timber, together with higher depth
to span ratio of the cross-section. For timber materials,
the shear deformation may be significant. Some complex
analytical expressions can be used to determine the shear
deflection. The following criterion should be checked for
the final static deflection, wfin, as

wfin  wlimit

(23)

where wfin is obtained using Equation (2.2) of EN 19951-1 [2] as
wfin = wfin,G + wfin,Q1 +  wfin,Q i

(24)

wfin,G = final deflection due to permanent action,
wfin,Q1 = final deflection due to leading variable action,
wfin,Qi = final deflection due to variable action i (i > 1).
These static deflections include elastic or instantaneous
portions and creep portions and can be calculated by
using Equations (2.3) to (2.5) of EN 1995-1-1 as

wfin,G = wG,inst + wG,creep = wG,inst (1 + kdef )

(25)

wfin,Q1 = wQ1,inst + wQ1,creep = wQ1,inst (1 +  2,1 kdef )

(26)

wfin,Qi = wQi ,inst + wQi ,creep = wQi ,inst ( 0,i +  2,i kdef )

(27)

where
kdef = deformation factor,
ψ2 = factor for quasi-permanent value of the variable
action.
The elastic or instantaneous deflection, winst, is given as
[11]

winst =

1
1
 M M dx +
 V V dx
K CLT
SCLT









(28)

For a simply supported CLT floor with one meter width
and span L, subjected to uniform distributed permanent
action gk and variable action qk, for example, the midspan deflections, wg,inst and wq,inst, due to gk and qk can be
obtained as
wg,inst  L / 2  =

5 g k L4 1 g k L2

+ 
384 K CLT 8 S CLT

(29)

wq,inst  L / 2  =

5 qk L4 1 qk L2

+ 
384 K CLT 8 S CLT

(30)

Here, the shear stiffness, SCLT, can be obtained from

SCLT =

1
  Gi Ai 
k

(31)

where
Gi = shear modulus for layer i,
k = a constant for cross-sectional shape.
2.2.2 Fundamental frequency
Normally, the most significant sources of vibration in
timber structures are installed machinery and human
activities. EN 1995-1-1 [2] in accordance to Appendix A
of ISO 2631-2 [14] uses a multiplying factor of 1.0 to
determine the acceptable levels of vibration. This is
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considered in Clause 7.3.2 of EN 1995-1-1 for
residential floors. The qualitative and quantitative
assessment of human perception of susceptibility to and
acceptance of structural vibrations is very complex. In
EN 1995-1-1, a criterion for the fundamental frequency,
f1, of the rectangular floor system is given by Equation
(7.5) as
f1 =

π
2 L2

K CLT
 8 Hz
m

(32)

where
L = span of the CLT floor,
m = mass of the CLT floor per unit area in kg/m2.
2.2.3 Deflection under unit point load
The design criterion for the deflection under unit point
load, w, is given in Equation (7.3) of EN 1995-1-1 [2] as
wa

(33)

Various European countries have adopted different
formulae for determining w and set up different values
for its limit a [15]. Equation (NA.1) and Table NA.5 of
the UK NA to EN 1995-1-1 [16] define the value of w
and its limit a for UK practice as follows

w=

1000 k dist L3eq kamp
48  EI ef

for L  4000 mm
⎧1.8 mm
a=⎨
1.1
for L  4000 mm
⎩ 16500 / L

(34)

(35)

where
kdist = proportion of point load acting on a single joist,
Leq = equivalent span of the CLT floor,
kamp = amplification factor to account for deflections due
to shear,
(EI)ef = bending stiffness of a joist in Nmm2, calculated
using E0,mean,
E0,mean = mean elastic modulus of timber parallel to the
grain in GPa.
2.2.4 Unit impulse velocity response
The unit impulse velocity response, v, like the maximum
initial value of the vertical floor vibration velocity
caused by an ideal unit impulse 1 Ns applied at the point
of the CLT floor giving maximum response, where
components above 40 Hz may be neglected, should
satisfy Equation (7.4) in EN 1995-1-1 [2] as
v  b 1

f ζ 1

(36)

with v to be obtained from Equation (7.6) of the code as
v=

4  0.4 + 0.6 n40 
mBL + 200

(37)

where
b = constant depending on a for the control on unit
impulse velocity response, determined from Figure
7.2 of EN 1995-1-1 [2] or Table NA.5 of the UK
National Annex to EN 1995-1-1 [16],

 = modal damping ratio,  = 0.01 recommended in EN
1995-1-1 and  = 0.02 in the UK National Annex,
B = width of the CLT floor,
n40 = number of first-order modes with natural
frequencies up to 40 Hz, calculated from Equation
(7.7) of EN 1995-1-1 as
n40

2
⎧
⎤ ⎛ B ⎞ 4 ( EI )
⎪ ⎡ ⎛ 40 ⎞
L
⎥
= ⎨ ⎢⎜

1
⎟
⎜ L ⎟ ( EI )
f
⎢
⎥
B
⎪⎩ ⎣ ⎝ 1 ⎠
⎦⎝ ⎠


⎪

⎪

0.25

(38)

(EI)L = equivalent plate bending stiffness of the floor
about an axis perpendicular to the beam direction in
Nmm2/m,
(EI)B = equivalent plate bending stiffness of the floor
about an axis parallel to the beam direction in
Nmm2/m.

3 CLT WALL DESIGN UNDER
NORMAL TEMPERATURE
3.1 LOADING

Analysis and design method used for CLT elements in
wall systems are similar to those for solid timber but
with various characteristics for different layers. These
variations will cause initial curvature, secondary bending
and consequently premature failure by buckling before
the stress in the layer reaches its material strength. Since
the CLT wall have a strong ability to resist buckling
failure about the minor z-z axis, only the buckling about
the major y-y axis need to be checked.
3.2 DESIGN EQUATIONS

Combined bending and axial compression on a CLT wall
should be checked against Equation (6.17) of EN 19951-1 as follows

 c,CLT,0,d
k c,CLT,y f c,0,d

+

 m,y,CLT,d
f m,CLT,d

 1.0

(39)

where
kc,CLT,y = compressive instability factor for the CLT wall,
obtained from Equation (6.25) of EN 1995-1-1 as

kc,CLT,y =

1
kCLT,y + k

2
CLT,y

2
 rel,CLT,y

(40)

rel,CLT,y = relative slenderness for the CLT wall,
obtained from Equation (6.21) of EN 1995-1-1 as

rel,CLT,y =

CLT,y

f c,0,k

π

E0,05

(41)

kCLT,y = instability factor for the CLT wall, obtained
from Equation (6.27) of EN 1995-1-1 as





2
⎤
kCLT,y = 0.5 ⎡1 +  c λrel,CLT, y  0.3 + λrel,CLT,
y⎦
⎣

(42)

CLT,y = slenderness ratio for the CLT wall, defined as
CLT,y = H ef ief

(43)
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4.1 LATERALLY LOADED FASTENERS

Hef = effective height of the CLT wall,
ief = effective radius of gyration, defined as
ief =

I ef,y Aef

(44)

Ief,y = effective moment of inertia of the CLT wall about
y-axis,
Aef = effective cross-sectional area of the CLT wall.

4 CONNECTION DESIGN UNDER
NORMAL TEMPERATURE
For a tall timber building, super-strong and super-stiff
connections should be available to connect beams to
columns/walls and columns/walls to foundations. Some
engineered timber products like large size CLT panels
are not produced on large scale and are difficult to
transport. Hence, panel-panel connections for floors and
walls must be used. Mohammad et al [17] and Kasal et al
[18] showed that connections should be capable to
transfer diaphragm forces and be designed to resist
shear, bending and seismic load and maintain high
energy dissipation capacity. Structural stabilisation and
safety of tall timber buildings is largely dominated by
lateral loads due to wind, impact or earthquake. The
factors which greatly affect building appearance and
occupants’ comfort will cause lateral deflections and
vibrations of flooring systems. Therefore, stabilisation
and safety of tall timber buildings against various loads,
environmental impacts and long term movements must
be considered in structural design and analysis according
to design rules and regulations.
Connection is an important part in designing CLT
members, and normal bearing or shear should be
considered, together with fire effect. Figure 3 illustrates
CLT elements and the base connected using metal
brackets and screws for floor-wall and wall-base joints.
Nails and glues could be used to attach metal brackets to
the CLT floors and walls, while strong and stiff
connections, normally screws or bolts, should be used to
connect CLT members and foundations. In this study,
only designs of screws and bolts for tall timber buildings
are mentioned.

Table 1 summarises the failure modes and formulas for
calculating the characteristic load-carrying capacity per
shear plane per fastener, Fv,Rk, for fasteners as timber-totimber and panel-to-timber connections. For single shear,
Fv,Rk should be taken as the minimum value from the
first six expressions, while for double shear, Fv,Rk should
be taken as the minimum value from the last four
expressions. Here,
ti = timber or board thickness or penetration depth, with i
either 1 or 2, see also 8.3 to 8.7 of EN 1995-1-1,
fh,i,k = characteristic embedment strength in timber
member i,
d = fastener diameter,
My,Rk = characteristic fastener yield moment,
 = ratio between the embedment strength of the
members,
Fax,Rk = characteristic axial withdrawal capacity of the
fastener, see 8.2.2(2) of EN 1995-1-1.
Table 2 summarises the failure modes and formulas for
calculating the characteristic load-carrying capacity per
shear plane per fastener, Fv,Rk, for fasteners as steel-totimber connections. For a thin steel plate in single shear,
Fv,Rk should be taken as the minimum value from the
first two expressions, while for a thick steel plate in
single shear, Fv,Rk should be taken as the minimum value
from the third to fifth expressions. For a steel plate of
any thickness as the central member of a double shear
connection Fv,Rk should be taken as the minimum value
from the sixth to eighth expressions. For thin steel plates
as the outer members of a double shear connection, Fv,Rk
should be taken as the minimum value from the ninth
and tenth expressions, while for thick steel plates as the
outer members of a double shear connection, Fv,Rk
should be taken as the minimum value from the last two
expressions. Here,
t1 = smaller of the thickness of the timber side member
or the penetration depth,
t2 = thickness of the timber middle member.
The design load-carrying capacity per shear plane per
fastener, Fv,Rd, can be calculated according to Equation
(2.17) of EN 1995-1-1 [2] as
Fv,Rd = k mod Fv,Rk  M

(45)

4.2 AXIALLY LOADED FASTENERS
The design withdrawal capacity of the fastener, e.g. nails

and screws, Fax,Rd, can also be calculated according to
Equation (2.17) of EN 1995-1-1 [2] as
Fax,Rd = k mod Fax,Rk  M

(46)

The axial loading-bearing capacity and withdrawal
capacity of a bolt should be taken as the lower value of
the two: (i) bolt tensile capacity and (ii) the load-bearing
capacity of either the washer or the steel plate for steelto-timber connections, as indicated in 5.5.2 of the code.
4.3 COMBINED LATERALLY AND AXIALLY
LOADED SCREWS AND BOLTS
Figure 3: Connections for CLT floor and wall members

Clause 8.7.3 of EN 1995-1-1 specifies the criterion when
screws sustain combined axially and laterally loading as
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⎛ Fax,Ed
⎜⎜ F
⎝ ax,Rd

2

⎞ ⎛ Fv,Ed
+
⎟⎟ ⎜⎜ F
⎠ ⎝ v,Rd

2

⎞
1
⎟⎟
⎠

(47)

where
Fax,Ed = design value of the applied axial force,
Fv,Ed = design value of the applied shear force.
However, no rules are provided for bolts under
combined axially and laterally loading in the code.

Table 2: Failure modes of steel-to-timber connections and
formulae for Fv,Rk

Failure
mode
t1

0.4 f h,k t1 d
t1

Table 1: Failure modes of timber-to-timber and panel-totimber connections and formulae for Fv,Rk

Failure
mode
t1

Characteristic load-carrying capacity Fv,RK

Fax,Rk

1.15 2 M y,Rk f h,k d +

Characteristic load-carrying capacity Fv,Rk

4

t1

f h,k t1 d

t2

f h,1,k t1 d
t1
t1

⎡
⎤ Fax,Rk
4 M y,Rk
 1⎥ +
f h,k t1 d ⎢ 2 +
2
4
f h,k d t1
⎢⎣
⎥⎦

t2

f h,2,k t 2 d
t1
t1

2.3 M y,Rk f h,k d +

t2

t1

3
⎡
⎡ t ⎛ t ⎞2 ⎤
f h,1,k t1d ⎢
⎛t ⎞
⎛ t
 + 2  2 ⎢1 + 2 + ⎜ 2 ⎟ ⎥ +  3 ⎜ 2 ⎟   ⎜ 1 + 2
t
t
t
t1
1+  ⎢
⎢
1
1 ⎠ ⎥
1 ⎠
⎝
⎝
⎝
⎣
⎦
⎣⎢

⎤
⎞ ⎥ Fax,Rk
⎟⎥ +
4
⎠⎥
⎦

t1

f h,1,k t1 d
t1

t1

t1

t1

t2

1.05

t1

⎤ F
4  1 + 2   M y,Rk
f h,1,k t2 d ⎡
ax,Rk
⎢ 2  2 1 +   +
⎥+
1 + 2 ⎢
4
f h,1,k d t22
⎥
⎣
⎦

1.15

2
1+ 

2 M y,Rk f h,1,k d +

Fax,Rk
4

⎡
⎤ Fax,Rk
4 M y,Rk
 1⎥ +
f h,1,k t1 d ⎢ 2 +
2
4
f h,1,k dt1
⎢⎣
⎥⎦

2.3 M y,Rk f h,1,k d +

t2

t2

4

t1

t2

⎤ F
4   2 +   M y,Rk
f h,1,k t1 d ⎡
ax,Rk
⎢ 2  1 +   +
⎥+
1.05
2
2+ ⎢
4
f h,1,k d t1
⎥
⎣
⎦

t1

t1

Fax,Rk

Fax,Rk
4

t2

t1

0.5 f h,2,k t 2 d
f h,1,k t1 d
t2

t1

t2

t1

1.15 2 M y,Rk f h,2,k d +

0.5 f h,2,k t2 d

Fax,Rk
4

t2
t1

t2

t1

1.05

t1

t2

0.5 f h,2,k t 2 d

⎤ F
4   2 +   M y,Rk
f h,1,k t1 d ⎡
⎢ 2  1 +   +
  ⎥ + ax,Rk
2+ ⎢
4
f h,1,k d t12
⎥
⎣
⎦
t2

t1

1.15

2
1+ 

2 M y,Rk f h,1,k d +

Fax,Rk
4

2.3 M y,Rk f h,2,k d +

Fax,Rk
4
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5 CLT MEMBER DESIGN UNDER FIRE
CONDITIONS
Primary requirements for fire safety of are to permit safe
evacuation of the occupants, to control fire development,
to prevent fire spread, to permit effective firefighting,
and to prevent building collapse. National regulations
specify the following requirements for design of multistorey buildings: (i) minimum fire resistance with 15 min
increments and proper fire resistance period for a
building under a nominal standard fire without collapse,
reach of the compartment perimeter or excessive
deformation, (ii) maximum compartment areas, and (iii)
maximum travel distance for means of escape.
There are two alternative design procedures: prescriptive
approach and performance-based approach. The former
uses nominal fires to generate thermal actions, while the
latter refers to thermal actions based on physical and
chemical parameters by using fire safety engineering and
is a more modern one. For each procedure, there are
three levels of structural analysis: member analysis,
analysis of parts of the structure, and global structural
analysis. Simple calculation models are only needed for
member analysis, together with design codes. For two
other levels of analyse, advanced calculation models
together with special software are required.
For structural fire design, EN 1991-1-2 [19] should be
used. Verification of fire resistance in the strength
domain should satisfy Equation (2.2) of the code as
E fi,d,t  Rfi,d,t

(48)

where
Efi,d,t = design value of the relevant effects of actions in
the fire situation at time t,
Rfi,d,t = design value of the resistance of the member in
the fire situation at time t.
5.1 DESIGN ACTIONS AND EFFECTS UNDER
FIRE CONDITIONS

For obtaining Efi,f,t, Equation (6.11b) of EN 1990 [1]
should be used as

Efi,d,t =  Gk, j + Ad + 1,1 or  2,1  Qk,1 +  2,i Qk,i
j1

i 1

(49)

where
Ad = design value of accidental action,
1,1 = factor for frequent value of variable action 1,
2,1 = factor for quasi-permanent value of variable action
1.
Efi,d,t can also be obtained from Equation (4.1) of EN
1991-1-2 [19] as

Efi,d,t = fi Ed,ULS

(50)

where fi = a reduction factor for the design load in the
fire design. Based on Equation (6.10) of EN 1990 for
load combination, fi can be obtained from Equation
(2.5) of EN 1991-1-2 as

fi =

Gk + fi Qk,1

 GGk +  Q,1 Qk,1

Alternatively, based on Equations (6.10a) and (6.10b) of
EN 1990 for load combination, fi should be calculated
from Equations (2.5a) and (2.5b) of EN 1991-1-2 as

⎛
⎞
Gk + fi Qk,1
⎜  G Gk +  Q,1  0,1 Qk,1 ⎟⎟
⎝
⎠

(52)

⎛ Gk + fi Qk,1 ⎞
⎜   G Gk +  Q,1 Qk,1 ⎟⎟
⎝
⎠

(53)

fi = ⎜

fi = ⎜

where fi = combination factor, given by 1,1 or 2,1.
5.2 DESIGN STENGTHS, STIFFNESSES AND
RESISTANCES FOR STRUCTURAL TIMBER
DESIGN UNDER FIRE CONDITIONS

The design value of a mechanical resistance or a loadbearing capacity for structural timber design in the fire
situation at time t, Rd,t,fi, should be calculated from
Equation (2.3) of EN 1995-1-2 [20] as
Rd,t,fi = 

R20

 M,fi

(54)

where

 = a conversion factor,

R20 = 20% fractile value of a mechanical resistance at
normal temperature without effects of load duration
and moisture (kmod = 1),
M,fi = partial safety factor for structural timber in fire.
For verification of mechanical resistance, the design
value of a timber strength property, fd,fi, should be
determined from Equation (2.1) of EN 1995-1-2 [20] as
f d,fi = k mod,fi f 20 /  M,fi

(55)

where
kmod,fi = modification factor for fire,
f20 = 20% fractile of a strength property at normal
temperature, determined from Equation (2.4) as
f 20 = k fi f k

(56)

fk = 5% fractile of a characteristic strength property at
normal temperature,
kfi = a conversion factor for fire.
Similarly, the design value of a stiffness property, Sd,fi,
e.g. elastic modulus or shear modulus, should be
determined from Equation (2.2) of EN 1995-1-2 as
S d,fi = k mod,fi S 20 /  M,fi

(57)

where
S20 = 20% fractile of a stiffness property at normal
temperature, determined from Equation (2.5) as
S 20 = k fi S 05

(58)

S05 = 5% fractile of a stiffness property at normal
temperature.
5.3 REDUCED CROSS-SECTION METHOD

(51)

There are two methods for structural timber design under
fire conditions: reduced cross-section method and
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properties method. Both methods are based on the 300°C
isotherm lines. The former one, however, is more
popular and will be used here. Within these isotherm
lines, the timber section is regarded to be undamaged
and designed under normal temperature. The regions
outside the lines are regarded to be the charring area and
will be disregarded in the design.
For reduced cross-section method, an effective crosssection should be calculated by reducing the initial crosssection by the effective charring depth def (Figure 4)
based on the Equation (4.1) of EN 1995-1-2 as
d ef = d char,n + k 0 d 0

(59)

Figure 5: CLT member under fire condition

After calculating the new geometric properties after fire
for the floor or wall, the design will be conducted against
ULS and SLS criteria using the residual (remaining)
sections under normal temperature with the neutral axis
position y as
y=

Figure 4: Residual cross-section and effective cross-section

(60)

where
n = notional design charring rate, including for the
effect of corner roundings and fissures,
t = time of fire exposure.

For standard fire exposure, the characteristic loadcarrying capacity of a connection with fasteners, e.g.
bolts, in shear, Fd,t,fi, should be calculated based on
Equation (6.5) of EN 1995-1-2 as
(61)

where
 = conversion factor, calculated from Equation (6.6) as

 =e

 k td,fi

(62)

k = a parameter whose values are given in the code for
various types of connectors and connections, e.g.
timber-to-timber, steel-to-timber, etc.,
td,fi = design fire resistance of unprotected connection.
5.5 FIRE DESIGN OF CLT FLOORS AND WALLS
Figure 5 shows a CLT panel exposed to fire with
dimensions used for calculating the fire-resistance. In the
fire design of a CLT floor or wall with one side exposed
to fire, the remaining cross-sectional thickness after fire,
Dfire, is given from
Dfire = D  d char = D   t

 t i Ei

(64)

ỹ = distance from the unexposed surface of the panel to
the centroid of ply i.
The effective section modulus, Seff, can be calculated
based on the moment of inertia of the plies running in
the direction of the applied stress and the location of the
neutral axis as
Seff =

EI eff
E  Dfire  y 

(65)

E = modulus of elasticity of the ply that experiences the
greatest tensile stress in MPa.
5.6 DESIGN OF TALL TIMBER BUILDINGS

5.4 BOLTED CONNECTION UNDER FIRE

Fv,Rk,fi =  Fv,Rk

i

i

where
dchar,n = notional design charring depth, incorporating the
effect of corner roundings,
k0 = a charring depth factor,
d0 = thickness of layer with zero strength and stiffness.
dchar,n can be obtained from Equation (3.2) of the code as
d char,n =  n t

 y i ti Ei

(63)

To establish design principles and develop design
procedures to Eurocodes and other design regulations to
meet the criteria for ultimate limit states (ULS) and
serviceability limit states (SLS), fundamental structural
members, e.g. beams, floors, wall panels, columns and
connections, built with timber products to resist normal
loads, e.g. self-weight, imposed load, wind load and
snow load, and exceptional loads such as earthquake and
impact load should be considered in analysis. Eurocodes
and other regulations can be used as references to verify
the structural elements under the loading conditions.
Both active and passive fire protection methods can be
considered for developing fire safety design philosophies,
strategies and protections for timber members and
construction. A big challenge for design engineers is to
ensure overall fire safety of high-rise timber buildings.
Fire protection materials should be used to prolong the
safety and stability of structural elements when high-rise
timber buildings are exposed to fire to ensure global
safety of the buildings. Appropriate design methods and
regulations are desperately required to ensure fire safety
of timber structures. Structural and fire engineers must
allow for the important issues of fire safety strategies
that can save lives and reserve appropriate firefighting
access in the building for evacuation. Considering that it
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will take a long time for people, especially those who are
disabled and senior, to escape from a tall timber building,
the firefighting access must be safe, reliable and strong
enough in the case of fire. A good solution is to prevent
fire and smoke from spreading between sections of the
building or between the building and other buildings.
Sprinklers, fire alarms and other suitable instruments can
be installed at appropriate locations of the building to
curb fire and smoke. In fact the Treet in Norway was
designed to allow 90 min burning without failing to
make sure people could escaping from this building [10].
After preliminary design is finished, overall performance
of structural elements in high-rise timber structures in
the case of fire will be analysed. As a major part of this
research, commercial finite element software will be
used to stimulate the static performance and analyse
timber structures when exposed to accidental fire
according to Eurocodes or other standards. In addition,
temperature-time profiles that have been established will
be used to analyse the fire protection performance of
each timber element and their charring development.
Generally, instability problems arise due to an
inadequate provision to resist lateral loading like wind or
earthquake. The stiffness, strength and stability should
all be checked. Braced frames, shear cores/walls or
cellular construction could be considered in designing.
From the structural perspective, it is important to design
appropriate shear walls and pillars in high-rise timber
buildings so as to improve their stiffness and decrease
the impact of horizontal wind and earthquake loads, e.g.
the induced horizontal movement and vibrations. This
research uses commercial finite element software to
simulate static and dynamic performance of high-rise
timber structures and analyses how they perform under
horizontal wind and seismic loads according to
Eurocodes or other standards. Natural frequency of the
whole structure, displacement of each floors, rotation of
whole building, displacement under wind and earthquake
and internal force of each elements can all be calculated.

6 CONCLUSIONS
In this study, basic design procedures of CLT members
to Eurocodes under normal temperature and fire
conditions have been summarised. For further research,
the modelling of partial and whole tall timber buildings
is to be investigated at Glasgow Caledonian University.
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Current Status on Fire Safety Regulations regarding Timber Buildings in Japan
Koji Kagiya1, Jun-ichi Suzuki2, Tomohiro Naruse3
ABSTRACT: Building Standard Law of Japan on fire safety regulations concerning CLT and large timber buildings
such as school buildings was amended in June, 2015 and March, 2016. Overview and background of the amendments
that expand the limit for building of timber buildings are introduced. In the amendment of June 2016, it became possible
to build 3-storey wooden school buildings with quasi-fire resistive construction which were formerly required to build
with fire resistive construction because of the results of the experimental research including full-scale fire tests of a 3storey wooden school building. In the amendment of March 2016, formerly it was required to obtain the minister’s
certification (special permission) for each building in order to use CLT as structural member such as wall, floor or roof,
but because of the confirmation of the mechanical and burning property of CLT by large amount of structural and fire
test for standardization, it became currently permitted to construct by confirmation of construction of buildings without
individually obtaining the minister’s certification. In addition, it is also introduced that a research activity to expanding
the usage of wooden materials for interior finishing securing fire safety stipulated by the current restriction of interior
finishing in the law.
KEYWORDS: Fire safety regulation, Fire resistive building, Full-scale fire test, CLT, Interior finish

1 INTRODUCTION123
Japan has been suffered from many city fires including
earthquake fires historically due to its traditional wooden
construction and densely wooden built-up areas in urban
areas. Therefore, it has been one of the main concerns
in building control to prevent conflagrations by means of
covering roofs and exterior walls with non-combustible
materials, especially in central urban areas. For this
reason, Building Standard Law (BSL) of Japan [1] has
restricted to build timber buildings not only by zoning in
urban areas (Figure 1 for in the centre of a city and
Figure 2 for surroundings of the centre of a city) but also
the scale of the building (Figure 3).

Note *1: Fire-Resistive Building, Quasi-Fire-Resistive Building,
Building stipulated in Article 136-2 of Building Standard Law
Enforcement Order *2: Fire preventive construction for the external
walls and soffits liable to catch the fire of wooden Buildings

Figure 2: Zoning codes based on BSL for fire protection
(e.g. surroundings of the centre of a city)

Figure 1: Zoning codes based on BSL for fire protection
(e.g. in the centre of a city)
1

Koji Kagiya, Building Research Institute, I Tachihara,
Tsukuba, Ibaraki, 305-0802 Japan, kagiya@kenken.go.jp
2
Jun-ichi Suzuki, National Institute for Land and Infrastructure
Management, Japan
3
Tomohiro Naruse, Building Research Institute, Japan

Figure 3: Restriction for Large-scale Building in BSL
(Besides the Zoning system)
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In BSL of JJapan, fire ressistive buildin
ngs and quasii-fire
resistive builldings are stiipulated as bu
uildings with fire
resistance peerformance.
Fire resistive buildings mean
m
the buildings of w
which
principal buiilding parts suuch as column, beam, floor,, etc.
consist of fire resistivee construction
n and quasii-fire
b
of which princcipal
resistive buiildings are buildings
building partts consist of quuasi-fire resisttive constructtion.
As fire resisttive constructtion is requireed to continuoously
support itselff without the building corrrupting even aafter
the fire endss, it needs to stop combustion and charrring
within the m
members evenn after the en
nd of fire. IIt is,
therefore, neecessary to tak
ke measures such as coverring,
etc. with hiighly fire reesistive materrials when uusing
wooden mateerials for the principal building parts. T
This
is because it assumes earthquake and fire w
where
firefighting activities byy the fire deepartment is not
expected.
Therefore in the fire resistance tests [2] of the structtural
members off fire resistivve constructiion, it has bbeen
confirmed thhat the fire resistance
r
performance is not
degraded aftter leaving it in
i the furnacee for triple lenngth
our fire resistaance)
of the heatingg time (e.g. 3 hours if 1-ho
after complettion of the preescribed heatin
ng time.
On the conttrary, as quassi-fire resistiv
ve constructioon is
required onlly to supporrt itself without the buildding
corrupting unntil the fire ennds and to prrevent fire sprread,
the performaance to preveent corruption
n is not requuired
after the presscribed fire ressistance time.
As mentionned above, wooden
w
build
dings have bbeen
restricted to be built especcially in urban
n areas; howeever,
the innovationn for wooden construction last
because of th
few decades,, it has been possible
p
to expand the limitt for
wooden builldings securinng fire safety even in urrban
areas along with Japanese people re-eevaluated woooden
buildings.

2 AMEN
NDMENT OF
O BSL RE
EGARDIN G
LARG
GE TIMBER
R BUILDIN
NGS

nister’s Notification need too be revised and
a developed
d
Min
as well
w (Figure 4).

Fig
gure 4: Buildin
ng Regulatoryy System in Jap
apan
F A 32.2 EXPERIMENTAL RESSEARCH OF
STOREY WOODEN
W
SC
CHOOL BUIILDING
n
Bassed on the act for Promootion of Use of Wood in
Pub
blic Buildings, we focused oon 3-storey wooden
w
schooll
builldings because wooden schhool buildingss are assumed
d
to be
b most popullar among tim
mber public bu
uildings in thee
neaar future. Inten
nsive researchh activities co
onducted from
m
201
11 to 2014 in order to re
revise BSL on
o fire safety
y
regu
ulations are fo
ollowing:
1) Fire
F tests by ellements and ch
checking the variety
v
of
specifications
s
2) Simulation
S
of smoke and eggress
3) Classroom
C
scaale fire tests too check interio
or finish
performance
p
4) Classroom
C
scaale fire tests too check upwarrd fire spread
5) Full
F scale fire tests of a 3-sto
torey school building to
check
c
fire safeety of the whoole building

2.1 PROCE
ESS TO LEA
AD AMENDM
MENT OF BS
SL
BSL of Japaan has mandaated fire-resisstive buildingg for
special buildding, certain occupancy ty
ypes (with eggress
time tends tto be longer)) such as sch
hool, gymnasiium,
theatre, hospital, hotel, department store, apartm
ment
house etc., annd the numberr of story (3 sttories and oveer).
For examplle, a 3-storeey school bu
uilding shalll be
constructed as fire-resistiive building. Also, large-sscale
timber builddings exceedinng 3,000 m2 in total floorr are
required thatt principle paarts (such as columns, beaams,
walls and flooors) of the buildings
b
shalll be fire-resisstive
building from
m the fire prev
ventive point of
o view.
On the other hand, the act for Promotion
n of Use of W
Wood
in Public Buildings was enacted in October 20100 in
o review buildding
order to promote researchh activities to
regulations tthat may lim
mit the utilizaation of woodd in
buildings. Based on this policy, experimental reseearch
including fuull-scale fire tests has beeen planned and
conducted. B
Based on thesee test results and
a other reseearch
activities, BSL (basic reequirements in the Law) was
a
enforced
d in June, 2 015.
revised in JJune, 2014 and
Related reguulations in the
t
BSL Cabinet Order and

Fig
gure 5: Experiimental researrch including full-scale firee
testts of a 3-storeyy wooden schoool building
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Prelliminary test (1
( st test)
Preeparatory test (2nd test)
FY2011
FY2012
2
Figure 6: F
Full-scale fire tests of a 3-sttorey wooden school buildiing
E TEST OF A 3-STOREY
Y
2.3 FULL-SCALE FIRE
DEN SCHOO
OL BUILDING
G
WOOD

FFinal test (3rd test)
t
FY2013

ble 2: Purposee and Findinggs from the 2ndd fire test
Tab
Teest Building

Thus experim
mental researcch including full-scale
f
fire ttests
(Figure 6) was plannedd and conduccted in orderr to
promote use of wood. Through the expeerimental reseearch,
we got the iinformation thhat quasi-fire resistive woooden
building withh other speciifications such
h as measurees to
prevent rapidd fire spread can be treateed equally to fireresistive buillding and “speecial” fire walll can preventt fire
spread effecttively for reviision of BSL. The purpose and
findings of eeach full-scalle fire test [3-6] are show
wn in
Table 1-3.
rpose and Finddings from thee 1st fire test
Table 1: Purp
Test Buildin
ng

Purpose
Based on tthe results off fire test off 3-story tim
mber
apartment inn 1996, to gett information about a fire oof a
3-story timbber school buillding with
-1 hour quassi-fire resistive construction
n,
-Wooden intterior finishinng.
Findings
-Upward firre spread by external
e
flame from window
w in
the early staage of fire
-Early fire penetration of
o 1 hour qu
uasi-fire resisttive
wall
-Fire spreadd through firee door on the fire wall of fire
resistive connstruction
-Collapse off fire wall off fire resistivee constructionn in
the last stagee of fire

Pu
urpose
To
o ensure the effectivenesss of followin
ng measures
agaainst problems found in preeliminary test,
-to
o control exteernal flame hheight by fireproofing of
intterior finishing
g materials
-to
o prevent upw
ward fire spreead by installing eaves or
ballconies
-to
o withstand firre exposure st
structurally off fire wall by
sep
parating other structure
-to
o prevent horizzontal fire sprread by widen
ning fire wall
by 2m from exteernal wall surfface
ndings
Fin
Th
he effectivenesss of the meassures was dem
monstrated.
ble 3: Purposee and Findinggs from the 3rd fire test
Tab
Teest Building
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Purpose
Supposing school fire scenario based on the fire report,
to demonstrate following measures of prevention of fire
spread and safe egress,
-effectiveness of fire wall (to prevent fire spread and
collapse)
-effectiveness of fireproofing of ceiling material for
safe egress (to prevent fire and smoke spread).
Findings
The effectiveness of measures was demonstrated for
developing regulations of 3-story timber school
building.
2.4 AMENDMENT OF BSL BASED ON THE
FULL-SCALE FIRE TEST
Based on these test results and other research activities,
BSL (basic requirements in the Law) was enforced in
June, 2015. And related regulations in the BSL are
amended and developed as well.
Article 27 of BSL has mandated fire resistive building
for special building prescribed by use, size, location of
the floor of use and floor area such as 3-storey school,
apartment, department buildings, but, amended article 27
requires specific performance of building parts in a
special building preventing a normal fire from both
leading collapse and fire spread through window, until
all occupants finish to egress from the building.
That requires fire resistance of principal building parts
during the egress time that all occupants egress from a
building and also fire resistance of openings (glazing) on
exterior walls, which supposed to be exposed to ejected
flame from openings of fire compartment with
alternative options effective for preventing fire spread
upstairs such as interior finish restriction (especially
ceilings), installation of sprinkler system, eaves and so
on (Figure 7).
Article 21-2 of BSL has mandated fire resistive
construction for large-scale buildings exceeding 3,000m2
in total floor area, but, amended article 21-2 has
introduced specific fire walls (Figure 8) that enable said
large-scale buildings to be built with quasi-fire resistive
construction. Accompanied with the amendment, related
enforcement order was developed (Table 7, Figure 9).
Table 4: Amendment of the article 27 of BSL
Article 27 of BSL (before amendment)
(Special Buildings which ought to be Fire-resistive
Buildings)
Special buildings prescribed by use, size, location of
the floor of use and floor area, ought to be fire-resistive
buildings, for example, 3-story school, apartment,
department buildings.
Amendment of the Article 27 of BSL
(Specific performance of building parts in a special
building is required)
To prevent a normal fire from both collapse and fire
spread through window, until all occupants finish to
egress from the building.
Note: It is important to prevent upward fire spread in
the early stage of fire for safe egress of occupants,
until fire fighter start firefighting activity.

Table 5: Developed Enforcement Order based on Article
27 of BSL
Enforcement Order based on the article 27
(Performance of principal building parts in a special
building )
Fire resistance of principal building parts is required
during the evacuation time that all occupants egress
from a building
-Load bearing capacity of structural elements such as
columns, beams, walls, floors, roofs
-Insulation of separation elements such as walls,
floors, eaves on roof
-Integrity of exterior walls and roof
Fire resistance of openings (glazing) on exterior
Walls, which are supposed to be exposed to ejected
flame from openings of fire compartment, is required.
Alternative options would be allowed.
-20min Integrity
Alternative option: Interior finish restriction (ceilings) ,
Installation of Sprinkler system,
Eaves with specific length
Note: It is verified through the full scale fire test that
the effectiveness of balcony, eaves and fireproofing
of ceiling materials to prevent a normal fire from
causing fire spread through window in the early
stage of fire.

Figure 7: Options confirmed by full-scale fire tests
Table 6: Amendment of the article 21-2 of BSL
Article 21-2 of BSL (before amendment)
(Principal Building Parts of Large-scale Buildings)
Buildings exceeding 3,000m2 in total floor area
(limited to cases where all or part of the principal
building parts (excluding floors, roofs, and stairs)
specified by Cabinet Order are made of wood, plastic,
or other combustible materials)
Shall be fire-resistive construction
Amendment of the Article 21-2 of BSL [a summary]
Buildings exceeding 3,000 m2 in total floor area shall
be either one of the following items:
-buildings whose principal building parts are of fireresistive construction
-buildings which is effectively separated by specific
fire walls and the aggregate of floor areas of each
separated part shall not exceed 3,000 m2.
Note: Specific fire walls can be constructed by not
only walls, but also floor and the other building
parts.
Concerning the specific fire wall, it is also amended that
the notification for establishment of construction
methods for fire-resistive construction shown in Table 8.
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3 AMENDM
MENT AND
D DEVELO
OPMENT
OF REGU
ULATION FOR CLT
3.1 CONCEPT
T OF FIRE R
RESISTANCE
E DESIGN
OF WOOD
DEN CONSTR
RUCTION IN
N JAPAN
Figure 8: Fire wall and Sp
pecific fire wa
all
Table 7: Devveloped Enforrcement Orderr based on Arrticle
21-2 of BSL
Enforcement Order bassed on the artticle 21-2
(Performancce of specific fire wall )
Fire resistaance of specifi
fic fire wall is required for ffire
duration tim
me in a buildinng.
-Load beaaring capacityy
-Insulatioon
-Integrityy
Fire resistance of openin
ngs (doors, shu
utter assembliies)
on/in speciffic fire wall is required.
-Insulatioon
or interrior finish reestriction of heated area in
buildingg separated byy specific fire wall
-Integrityy
Resistance against exterrnal force cau
used by collaapse
ment
of adjacent fire compartm
ntion perform
mance of specific fire wall for
Fire preven
ejected flam
me from fire zo
one
- Breadth of specific firre wall
- Projectedd length of sppecific fire waall

Figure 9: Sppecific fire waall for preventting fire spreaad to
adjacent fire compartmentt
o notification
n No. 1399 off the
Table 8: An amendment of
Construction / May 30, 20
000 Establishm
ment
Ministry of C
of constructioon methods foor fire-resistivve constructionn
An addition
n of wooden
n structure to
t 1 hour fi
fireresistive con
nstruction,
(2)A fire-prrotective covvering of the construction of
partition waalls that are bearing walls stipulated
s
in oone
of below appplied to both sides of the sttuds and beds::
o fire-resistan
nt gypsum booard
(a)Two layeers or more of
with total thhickness of 422 mm or more
(b)Calcium silicate boardd with thickn
ness of 8 mm
m or
more covereed with two laayers or moree of Fire-resisttant
gypsum boaard with total thickness
t
of 36
3 mm or morre
(5)A fire-prrotective covvering of the construction of
external wallls that are beaaring walls:
Metal sheett, AAC, morrtar or lime plaster shall be
installed onn the outdoor side parts of a fire-protecttive
covering oof the construction of partition waalls
stipulated inn (2).

ooden materiall has the propperty to contro
ol combustion
n
Wo
to the
t internal part by the buurned surface charring and
d
form
ming heat-insulating layer.. Using such
h property, by
y
con
nfirming that the cross-ssection surface which iss
effeective for lo
oad supportinng inside thee char layerr
alth
hough surfacee of the meember is nott affected in
n
con
nstruction bearring force, woooden beams and columnss
can
n be used wherre visible. Firre resistance design
d
method
d
in European
E
cou
untries of the same concep
pt is Reduced
d
Cro
oss-Section Method
M
[7-8], etc., and in
n Japan, It iss
callled Moeshiro-design. Moeshhiro means saacrificed layerr
or burning
b
margin thickness inn Japanese.

Fig
gure 10: Conccept of Moeshiiro-Design (R
Reduced Crosss
Secction Method)
Moeshiro-design
n method is, ass indicated in Figure 10, to
o
d beams to bee
calcculate sustaineed load to thee columns and
designed, deduct burning margginal thicknesss provided in
n
n of the Ministry off Land and
d
the Notification
LIT) from thee
infrrastructure, Trransport and Tourism (ML
assu
umed cross-ssection surfaace of the member and
d
con
nfirm that thee stress intennsity in the cross-section
n
surfface of the meember remainning by sustain
ned load doess
not exceed the temporary allow
wable stress in
ntensity.
owable stress intensity conntains temporary allowablee
Allo
streess intensity for temporary
ry load (earth
hquake force,,
win
nd pressure, etc.) and suustained allo
owable stresss
inteensity for susttained load (fi
fixed load of roof
r
load and
d
mov
vable load of furniture, etc..).
Forr sustained lo
oad, bearing force of woo
oden materiall
beccomes smallerr because creeep deformatio
on increasing
g
with
h time passag
ge occurs. Teemporary allo
owable stresss
inteensity is two thirds (2/3) of the stand
dard strength..
Susstained allowaable stress inteensity is one and one third
d
(1.1
1/3) of the stan
ndard strengthh.
Stan
ndard strength
h is determineed by materiall such as steell,
con
ncrete, wood including
i
speccies, etc. Alllowable stresss
inteensity is deterrmined by typpe of stress such
s
as shear,,
ben
nding etc., by
y multiplying such value by
b the safety
y
facttor stipulated by the enforccement order based
b
on such
h
stan
ndard strength
h.
Thiis method was introduced tto the column
ns and beamss
of large-scale
l
wo
ooden buildinngs stipulated in Article 21
of the BSL in 1987. Onlyy glulam waas applied to
o
Moeshiro-design
n at that time.
Theen in 1994, it was appliied to quasi--fire resistivee
con
nstruction and in 2004, lum
mber and LVL
L also becamee
subj
bject thereto.
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Moeshiro size stipulated in the present Notification of
MLIT is indicated. Those permitted with Moeshirodesign are 1) large scale wooden construction of Article
21 of the BSL, 2) quasi-fire resistive construction
(45minuites) and 3) quasi-fire resistive construction
(1hour) and each burning marginal thickness differs.
Here, burning marginal thickness differ in glulam, LVL
and lumber not because lumber is easily burned, but
because glulam and LVL have almost no weakness such
as knot and crack, etc. while there is a certain possibility
of such in lumber and cross-section surface to confirm
the structural stability after combustion is made smaller
with consideration of safety factor.
However, these are limited to JAS certified materials
because strength, Young’s modulus and moisture content
are important for Moeshiro-design, limiting to materials
of which quality is controlled. CLT, etc. was also
defined in 2016.
3.2 DEVELOPMENT OF GENERAL DESIGN
METHOD FOR BUILDINGS USING CLT
CLT construction has been becoming popular in
European countries and medium-rise and large-scale
timber buildings are popular by their existing design
method as well [9-11].
In Japan, specific design method for CLT construction
has not been yet presented and also technical documents
such as design guideline are unprepared. So at the
moment, for constructing a building using CLT panels,
individual certification by Minister of MLIT is required
for each building. Due to this background, national
experimental research project has been initiated in order
to prepare technical document and develop fire safety
regulation suitable for CLT especially for fire resistant
design including Moeshiro-design, fire-protection
treatment for detailing, etc. The amendment of fire
regulation applying Moeshiro-design to CLT
construction was completed in March 2016.
Formerly it was required to conduct elaborate
construction calculation by building and obtain the
minister’s certification in order to use CLT as
construction member, but as the strength of CLT
materials and behaviour of buildings using CLT in
earthquake were confirmed in the actual-size vibration
table experiment, etc., it is currently permitted to
construct by confirmation of construction of building by
construction calculation, etc. under the Notification
without
individually
obtaining
the
minister’s
certification.
In addition, it was formerly necessary to obtain the
minister’s certification accompanied by the fire
resistance test by member in order to use CLT, etc.
without fire prevention cover for wall, floor or roof of
building which must be made as quasi-fire resistive
construction, but as burning property of member in fire
has been confirmed, CLT, etc. is now permitted for use
without fire prevention cover for buildings of lower than
3 stories which can be constructed as quasi-fire resistive
construction by applying the specifications pursuant to
the Notification.
For the behaviour of building using CLT in earthquake
has been confirmed as a result of the full-scale shake

experiment, experiment of members and joint parts and
analysis of various values, construction calculation
suitable for the building size and the specifications, etc.
of wall, floor or roof applicable thereto have been
stipulated.
As CLT is generalized as construction material of
buildings, in order to secure the required quality, it has
been obliged to use the materials, etc. to conform to the
Japan Agricultural Standards (JAS) and strength of
materials used for construction calculation has been
stipulated based on the result of the member experiment
on the premise of securement of such quality.
As a result of the fire resistance test targeting members
using CLT, etc., charring speed suitable for adhesive
type and thickness of accumulate laminas has been
confirmed and stipulated in the Notification (Table 9),
and therefore, the design method to verify structural
safety required for quasi-fire resistive construction in fire
has been determined by structural calculation targeting
the remaining part after burned-out sacrificed layer.
Table 9: Burning marginal thickness for Moeshirodesign depending on the sort of adhesives
Burning marginal thickness
(Sacrificed layer)

Additional
conditions for
Sort of Adhesives
glulam and
for 45 minuites for 60 minuites
CLT
API (EPI), RF,
etc.
Others including
PUR

3.5cm
4.5cm
(2.5cm for roof) (2.5cm for roof)
4.5cm
(3cm for roof)

6cm
(3cm for roof)

Thickness of
Lamina is
12mm and over
Thickness of
Lamina is
21mm and over

Also even in the case of necessity to construct a building
of lower than 3 stories with quasi-fire resistive
construction, members using CLT, etc. without using fire
prevention cover now may be used for wall, floor or roof
by conducting construction calculation by using
members pursuant to the Notification where it is required
to make as quasi-fire resistive construction depending on
the location, size and application of the building in the
BSL.

4 REVIEWING RESTRICTION FOR
WOODEN INTERIOR FINISHING
In Japan, there is high demand for using as much
wooden materials as possible for interior so that we can
touch and see wood. Figure 11 shows typical usage of
wooden interior finish.
Wooden interior finish which is combustible materials
tends to occupy a large amount of surface area in the
compartment. Flashover [12], on the other hand, is one
of the most important phenomena, relating to safe egress
of occupants, not only in the compartment, but also in
the same floor and a whole building. Due to this issue, in
the current regulation, use of combustible materials such
as wood for interior finish is restricted depending on
building use, type of construction, etc.
In order to meet such demand, we are conducting fullscale fire tests in order to specify the effect of area of
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floor and openings, ceiling height of a compartment on
the time to onset of flashover changing systematically
the surface area of wooden finish on walls and ceiling.
Table 10 shows examples of the test conditions and
results [8]. In the test, classroom size compartment has
been used (Figure 12) and temperature, heat flux, heat
release rate have been measured. Figure 13 shows heat
release rate for each test shown in Table 10. The results
suggest that it takes longer time to onset of flashover in
larger compartment of which ceiling finished with noncombustible material.

Figure 13: Heat release rate for each test

5 CONCLUSIONS

Figure 11: Typical usage of wooden interior finish

Overview and background of recent amendments of
Building Standard Law of Japan concerning timber
buildings for promoting use of wood product for
buildings are introduced. Because of those amendments,
it is expected that the range of possibility for timber
construction will be expanded. Also a research activity
to expanding the usage of wooden materials for interior
finish securing fire safety stipulated by the current
restriction of interior finishing in the law.
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Experimental Investigation On Eccentric Compression Performance Of Semirigid Joints In Reticulated Timber Shells
Xiaoluan Sun1,a, WeiqingLiu1,b, Weidong Lu1,c

ABSTRACT: Compression tests were conducted on the glulam members under different eccentricities, including three
cases of 0mm,50mm and 100mm respectively, to study the mechanical performance of the new assemblage joints in
reticulated timber shells. The bending stiffness and bending capacity of joints were evaluated, at the same time,the
influence of failure mode and the changes of eccentricity on compression-bending performance was studied. The main
conclusions are as follows : 1. different failure modes might happen, including the local buckling of steel plate in the
joint zone, the bulking of steel bar in glulam members and the failure of wood members in tension or compression. 2.
the capacity and ductility of rectangular section components are superior to square section components. More attention
should be paid to the limitation of height-width ratio in the direction of eccentricity, when the glulam members of
latticed shells are designed. 3. The eccentricity has a greater effect on the mechanical properties of square section
components. Combined with the data obtained from the experiment, the formula for predicting the moment-rotation
curves at different eccentricities was fitted out.
KEYWORDS: Reticulated timber shells , Semi-rigid Joint , Eccentric compression performance

1 INTRODUCTION

123

The reticulated timber shell structure, widely applied to
engineering project at home and abroad , makes full use
of ascendant compression property of wood and reduces
the adverse effect of wood defects. The latticed shell can
act like arch structure. Rational rise-span ratio makes
components into the state of compression to ensure the
great decrease of shear force and moment, so that the
structure will take fully advantage of material properties
and improve the utilization ratio of materials, and the
design will be more economical. For example, the
Tacoma Dome in America(Figure 1a) using Varax hubs
has a span of 162m, a rise of 30m and the dimension of
the main members is 200mm × 762mm.The total cost of
the program is just 85% of the pneumatic membrane
program and 68% of the reinforced concrete program.
International exhibition center in Baili Dujuan Reserve
(53m) uses the similar style of reticulated timber
shell(Figure 1b).

1 Xiaoluan Sun, Nanjing Tech University, China,
xiaoluan81118@163.com
2 Weiqing Liu, Nanjing Tech University, China,
wqliu@njtech.edu.cn
3 Weidong Lu, Nanjing Tech University, China,
concrete@163.com

a). Tacoma Dome

b). Baili Dujuan Reserve
Figure 1： Engineering cases of timber latticed shells
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According to the requirements of Chinese code[2], the
connections of single-layer reticulated shell must be
considered as rigid joints, when overall analysis was
carried out. At present, the most common joint forms in
reticulated timber shell are assembly rebar-planting joint、
plate-bolt joint and plate rebar-planting joint. As a matter
of fact, the rigidity of the joint, which is between the
pinned and semi-rigid in fact, can’t be fully treated as a
rigid connection. As is shown in research in the field of
steel structure [3,4], the stiffness of the joints has a direct
impact on the stability and bearing performance of the
latticed shell. It is figured out that the moment is
proportional to the axial force in the end of members of
reticulated shell with different rise-span ratios, which
can be regarded as different eccentricities in joints. So
that the study of the stability bearing capacity
considering the effect of axial force on the improvement
of joint stiffness can be simplified as applying a
“eccentric load” on the joint to research the semi-rigid
beading character of the joint under different
eccentricities.
The documents[4] indicate that axial force has a great
effect on the semi-rigid character, especially the initial
stiffness of joint. This paper puts out a new assemble
plating-bar joint and mechanical tests are conducted on
the glue-laminated wood members under different
eccentricities, including three cases of 0mm, 50mm and
100mm respectively, to analyze the diversity of semirigid character. Finally, we find out the influence of
eccentricity and axial force on flexural stiffness, ultimate
bearing capacity and failure model. Modified from threeparameter power function model considering the
influence of the section dimension, eccentricity and axial
force, the formula is fitted out, combined with the
moment-rotation curve obtained from the test. Besides,
we verify the applicability and feasibility of this formula
by a case and provide a way to deal with semi-rigid joint
in reticulated timber shell.

2 EXPERIMENTS
2.1 SPECIMENS
The joint in this paper is shown in Figure 2，which is
consist of welding closed core steel box, steel splints
with plating bars, upper and lower plants and split bolts.
Steel splints are connected with wood members by
plating bars in advance in the factory. Wood members at
different angles are combined on site with split bolts.
The splints and the core box connected with split bolts
have the trend of split and relative deformation, therefore
the assemble joint has the semi-rigid character.
All joint components can be prefabricated in the factory ,
mounted directly at the construction site.It can reduce
labor intensity of workers and difficulty of construction
at the scene, while improving construction quality.The
joint form is simple, easy to be installed, easy to be
serviced ,and easy to be maintained.

Figure2： A new assemble joint of timber latticed shells

The joint is designed from the prototype of the joint on
the top of K6 single-layer spherical shell and the wood
members are processed from glued-laminated timber
made of douglas fir. The mechanical performance of the
material is defined by means of material experiments as
follow: The average of compressive strength parallel to
grain is 41.52 MPa, the average of modulus of elasticity
parallel to grain is 12456 MPa and the average of tensile
strength is 90.61 MPa. The steel plates have the
thickness of 8mm, M16 common blots are used, and d18
(HRB400)thread steels are used as plating bars.The
dimensions of wood members are as follow: two kinds
of cross sections of 150mm×300mm(rectangle member)
and 210mm×210mm(square member) ,which have the
same area but different height-width ratios, are chosen. 9
members were prepared for each section. The first
member of 150mm×300mm with the eccentricity of
50mm is numbered as J30-50-1. The parameters of
specimens are shown in Table.1 .The finished members
and dimension of the corbel are shown in Fig.3 and 4.
Table 1 ：The parameters of specimens
Specimen
Am Specimen
Eccentri
ount dimension
city
/(mm×mm)
/(mm)
J30-0-*
3
150×300
0
J30-50-*
3
150×300
50
J30-100-*
3
150×300
100
J21-0-*
3
210×210
0
J21-50-*
3
210×210
50
J21-100-*
3
210×210
100

Figure3： The finished members

Length of
on one side
/(m)
1.5
1.5
1.5
1.0
1.0
1.0
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one-way knife hinges, can be derived from the external
load multiplied by magnitude of initial eccentricity:

(1)

M  Fe

（a）150mm×300mm

(b)210mm×210mm

where F = applied axial force, e = eccentricity．
The rotation of the joints was measured indirectly
through 6 displacement meters placed symmetrically on
the two sides of the joints and 1 on the core steel box.
Besides, two displacement meters were placed at both
ends of the member.

Figure4：Dimension of the corbel
2.2 Test Device
2.2.1 Loading device and loading system
The experiment was conducted according to the test
method of eccentric compression member shown in
‘Standard for test methods of timber structures’ GBT
50329-2012. In order to load conveniently, the members
were placed on the ground level supported by one-way
knife hinge at the ends. At the same time, the
eccentricity should be ensured unchanged. A 20mm
stripping plate was put between the sipe of one-way
knife hinge and the ends of specimen to avoid stress
concentration appearing in the wood member.The
members were loaded at one end with oil-pressure jack
whose piston maintained horizon checked by grade rod.
Loading force each level was controlled by pressure
sensor. Controlled preload should not ascend 10% of the
carrying capacity of joints, which lasted 10min, for
inspecting the measuring meters. Formal loading was
force controlling for 1.1kN and 5min each level. All the
process ended, when the knife hinge reached the ultimate
rotation or the joints lost capacities.

Figure6: Layout of

LVDTs

a). 210mm×210mm

b). 150mm×300mm
Figure7：Arrangement of displacement meters

Figure5: Load condition

2.2.2 Testing Scheme
The moment-rotation curves of semi-rigid joints, reflecting the mechanical performance, such as strength and
stiffness of joints, are the key[2-3] to joint study, which
are also the main purpose of experiment tests. The
moment in the connection of assembly steel box and
wood members, neglecting the additional bending
rotation caused by axial deformation and supported by

The rotation on both sides was calculated respectively,
the sum of which was regarded as rotation of the whole
joint in order to evaluate the joint stiffness.The rotation
equations for a connection are:

3  2

  D32
 L

5  6


D56
 R 




 2  1
D21

2

2

6  7
D67

(2)

ｗhere: △i=displacement of point i ，Dij = distance
between point i and point j
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2.3 Experiment phenomena and results
2.3.1 Failure modes
Different failure modes in the glulam members might
happen under different eccentricities, including the local
buckling of steel members in core areas, the bulking of
planting reinforcing bar in wood members and the failure
of wood members in tension or compression. When the
eccentricity was 50 mm, the 3 groups of square members
had the same failure mode that tension bulking happened
in the surface between splints and core steel box(Figure
8a). The ultimate rotation of joints which had good
ductility was about 0.188 rad and the ultimate flexural
capacity was 24.2 kN·m. The 3 groups of rectangle
members were crushed in compression area(Figure 8b).
The joints were short of ductility, where the ultimate
rotation was about 0.159 rad and the ultimate flexural
capacity was 31.35 kN·m.

a). Square specimen

Figure9: Comparison of members in eccentricity of 50mm

When the eccentricity was 100 mm, the 3 groups of
square members had the same failure mode, bulking of
plating bars, but some bars were snapped(Figure 10a).
The members had obvious ductility, where the ultimate
rotation was about 0.236 rad and the ultimate flexural
capacity was 22 kN·m. The 3 groups of rectangle
members had the same failure mode as square
members(Figure 10b). The ultimate rotation was about
0.196 rad and the ultimate flexural capacity was 31.90
kN·m.
When axial force was applied, core steel box bulking and
glued-laminated timer crushing mainly happened in
square members; Unstable failure outside the surface
happened in the rectangle members, because their
stiffness out of plane was smaller compared with the
stiffness in plane, and the final failure mode was plating
bar bulking.
As can be seen, the failure modes of joints, the
compression-bending capacity and ductility of the
members under eccentric loads with different sections
are different, and the eccentricity has a great impact on
the mechanical performance of joints.

b). rectangular specimen
Figure8: Failure mode of joints in eccentricity of 50mm

a). Square specimen
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Figure10: Failure mode of joints in eccentricity of 100mm

Figure11: Comparison of members in eccentricity of 100mm

2.3.2 Comparison of moment-rotation curves and
ductility of members
The axial force improves the initial bending stiffness of
joints under small eccentricity. For member J21, the
average of initial bending stiffness is 1225.01 kN·m/rad
with the eccentricity of 50mm and it falls to 371.55
kN·m/rad with the eccentricity of 100mm. For member
J30, the average of initial bending stiffness falls from
1374.72 kN·m/rad to 440.15 kN·m/rad, as the
eccentricity increases from 50mm to 100mm. It can be
concluded that the larger rise-span ratio is,the smaller
equivalent eccentricity is, the bigger initial stiffness
is ,and the smaller deformation of the reticulated shell is
at early loading period.

Specimen
J21-50-1
J21-50-2
J21-50-3

Results of specimens
θ0
/rad
0.04
0.03
0.03

0.02
0.02
0.02

14.30
8.80
12.10

386.91
330.96
396.77

0.230
0.243
0.235

22.00
22.00
20.90

11
9.5
12

J30-50-1
J30-50-2
J30-50-3

0.07
0.06
0.09

22.55
22.00
20.90

1383.51
1365.65
1375.00

0.150
0.156
0.170

28.05
30.80
31.35

2.0
2.5
1.9

J30-100-1
J30-100-2
J30-100-3

0.10
0.09
0.09

15.40
16.50
15.95

440.00
438.30
442.00

0.202
0.191
0.205

29.70
31.90
30.81

2.0
2.1
2.1

The eccentricity affects the failure modes of joints, but it
does not have obvious influence on ultimate flexural
capacity. Steel plate tension bulking happened between
the plating-bar splints and the core steel box in square
members J21 with the eccentricity of 50mm. As the
eccentricity increased to 100mm, the plating bars yielded
at tension sides of joints. As is depicted in Fig.8 and
Fig.9, the ultimate flexural capacities Mu have little
difference between small and big eccentric load,
Mu=24.2kN·m under 50mm and Mu=22kN·m under
100mm. For rectangle members J30, the part of wood
having big compression stress was crushed under the
eccentricity of 50mm, because the sections were mainly
affected by compression stress.When the eccentricity
increased to 100mm, the plating bars yielded at tension
sides J21. The ultimate flexural capacities of rectangle
members under the eccentricities are 31.35kN·m and
31.9kN·m, respectively, which have little difference.
As is depicted in Figure 12, rectangle members had
higher ultimate flexural capacity than square members
with the same eccentricity. The ultimate flexural
capacity of J30 rectangle members increased about 34.42%
compared to J21 square members under 50mm, while the
increase was 42.37%.

b). rectangular specimen

Table2:

J21-100-1
J21-100-2
J21-100-3

M0/
(kN·m)

K0/
（kN·m/
rad）

θu
/rad

Mu/
(kN·m)

λ

9.90
12.65
17.05

1161.93
1160.75
1352.35

0.195
0.185
0.185

20.90
22.00
24.20

4.8
5.4
6.0

Figure12: Bending moment vs. rotation curves for J21
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where:
k ( I ,  )  (285.06I  0.9537)(4629.55e
 342.748)
 ( N )  2.8 10 N  5.6 10 N  0.62055N
d ( I )  464  1.26 10 I
m( I ,  )  (0.848  11402I )(0.374  0.670 )
 ( I ,  )  (2850.6I  0.5379)(0.041  0.011)
( 10.987  )

5

3

5

2

6

0

Figure13: Bending moment vs. rotation curves for J30

It was shown in Table.2 that J21 square members with
the same section areas and eccentricity had larger
ultimate rotation and the joints presented better ductility.
For example, the average of rotation ductility factor of
J21-50-* and J21-100-* members reached 5.4 and 10.7
respectively, which were both much higher than J30
member. It can be concluded that as the eccentricity
increased ,joints presented some ductility when
destroyed, which had more obvious influence on J21
rectangle members and had some relationship with the
relative eccentricity.

The comparison of moment-rotation curves got from the
experiment and the fitting equation was shown in Figure
14 and Figure 15. The goodness of the fitting equation
was measured through the error analysis of the abovementioned equation and the average of experimental data.
The determination coefficients R2 were listed in
Table3,from which we can see that the curves were well
fitted and the fitting equation can be applied to
forecasting the moment-rotation relationship of similar
semi-rigid joints.
Table 3: Coefficient for moment-rotation formula, R2

specimen
R2

J21-50
0.960

J21-100
0.930

J30-50
0.904

3 FITTIING SQUARE OF MOMENTROTATION CURVES
There is liner model, B-spline model, polynomial
model, power function model and index model to
simulate moment-rotation curve of semi-rigid joints.
Kishi and Chen[5] proposed a power function based on
three-parameter elastic-plastic stress-strain model
 

M

Ki

1
1


M nn
）
1 -（
M
u



(3)

It includes three parameters, Ki, Mu and n. Ki and Mu
represents the initial stiffness and ultimate flexural
capacity of semi-rigid connection, respectively .n is the
shape parameter to adjust the curvature of M-θ curve.
The power function model, one of the most important
model to simulate semi-rigid connection relationship,
does not require big amount of experimental data to
simulate the M-θ curve of semi-rigid joints and every
parameter in the fitting model has specific physical
meaning.
The moment-rotation curve of the joint proposed in this
paper was fitted according to power function model
using experimental data. The initial stiffness coefficient
and pressure influence coefficient were introduced to
consider the effects of sectional inertia moment I, initial
eccentricity λ and axial force N on the initial stiffness.
The curvature shape coefficient was introduced to take
the effects of sectional inertia moment I and initial
eccentricity λ on the rotation of joints into consideration.
The following moment-rotation equation was fitted:

Figure14: Fitted moment-rotation curve for J21-100

Figure15: Fitted moment-rotation curve for J30-100

J30-100
0.988
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4 COMPLETE ANALYSIS OF GLOBAL
STABILITY OF THE RETICULATED
SHELL
Stability is the key to global analysis of single-layer
reticulated shell[2]. This paper adopted elastic complete
stability analysis on the K6 glued-laminated timber shell
with assemble plating-bar joints and the span of 40m
using ANSYS, considering the anisotropy of Douglas fir
wood according to Table.4. The main ribs in model
adopted Beam189. Nonlinear generalized beam section
characteristics were used to simulate the semi-rigid
connection between the steel boxes and the main ribs. A
trial calculation on rigid connection modal was to obtain
the equivalent eccentricity according to the axial force
and moment in members. The parameters of members
and equivalent eccentricity were brought into the fitting
equation to get the semi-rigid moment-rotation curve
where 20 points during 0～0.25 rad and corresponding
moment were selected. The 20 points was applied in
setting nonlinear generalized beam section to simulated
the semi-rigid features of assemble plating-bar joints,
when carrying on FEM. The whole finite element model
was shown in Figure 16:

we concluded that the assemble plating-bar joints might
be regarded as semi-rigid joints according to the
definition in the literature[6]. As was depicted in Figure
17,the ultimate carrying capacity of reticulated shell with
assemble plating-bar joints was far higher than the shell
with hinged joints and the trend of complete process
curves at mid span was closer to the reticulated shell
with rigid joints. When well designed in engineering, the
assemble joints can provide enough ultimate carrying
capacity and ductility.

Figure17: Curves of dome with different bending stiffness

Ex(N/m2)
1.2e10

Ey(N/m2)
6.1e8

Table 4 Mechanical parameters of douglas fir
Ez(N/m2)
Prxy
Pryz
Prxz
6.1e8
0.4
0.03
0.03

Gxy
9.2e8

Gyz
7.3e8

Gxz
2.2e8

5 CONCLUSIONS

Figure16.Spatial finite element analysis model

In this paper, the reticulated shell models, whose risespan ratio were 1/8 and the dimension of the members
was 210×210mm2, were compared and analyzed in three
types of connection, hinge, semi-rigid and rigid, of joints.
The three groups of models considered unified initial
imperfection, which might realized by setting certain
proportional displacement under the lowest order
bulking modes through upgeom commend. The first
critical point obtained from the complete analysis of
reticulated shell was regarded as the stability ultimate
carrying capacity[2]. The stability ultimate carrying
capacities of hinged, semi-rigid and rigid joints were
42.55kN, 67.43kN and 77.5kN respectively,from which

Eccentricity has a great impact on the rigidity of joints
and different eccentricities affect the failure modes of
members directly, which should be paid more attention.
The capacity and ductility of rectangular section
components are superior to square section components.
The improved three-parametic power-fuction for
predicting the moment-rotation curves at different
eccentricities was fitted out, which could provide the
basis for semi-rigid joint design in the future.
1).Different failure modes in the glulam members might
happen, including the local buckling of steel members in
core areas, the bulking of planting reinforcing bar in
wood members and the failure of wood members in
tension or compression under different eccentricities.
2). The capacity of rectangular section components are
superior to that of square section components, but their
ductility is worse relatively.
3).The ratio of moment to axial force in the joints of
reticulated shell with different rise-span ratios under
vertical loads is an invariant constant. ‘equivalent
eccentricity’ load is introduced to analyze structure
performances of reticulated shell with different styles.
4).The eccentricity has a great impact on the initial
stiffness and the ductility of joints, which is proportional
to the initial stiffness of joints and inversely proportional
to the rotation ductility .
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5).The moment-rotation relationship of assemble platingbar joints can be simulated by modified three-parameter
power function model which introduces the initial
stiffness coefficient, pressure influence coefficient and
the curvature shape coefficient to consider the influence
of the eccentricity, the section of wood members and
changing axial force on semi-rigid joints.
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In lu n o P n tratin Ti B ams Visi l rom th Front o Wall on
R storin For Chara t risti s o Mud Walls
Hiroyu i Na aji1, Yoshiyu i Su u i2
ABSTRACT: Based on cyclic shear loading experiments of mud-walls that include large cross-section penetrating tie
beams visible from the front of the wall, the effect of visible penetrating tie beams on the restoring force characteristics
of mud-walls is examined. Two types of specimens of mud-walls: 1) with two visible penetrating tie beams and 2) with
three were prepared and tested. Test results were compared with the proposed design method for traditional timber
buildings. The results show that the restoring force characteristics of mud-walls with visible penetrating tie beams can be
estimated by adding the shear force derived from moments of column joints and penetrating tie beam joints to the shear
force of the mud-wall panel.

KEYWORDS: mud-wall, restoring force characteristics, visible penetrating tie beam, full-scale experiment

1 INTRODUCTION 123

2 OUTLINE OF EXPERIMENTS

In Japan, traditional wooden buildings have mud-walls as
aseismic elements which have large cross-section
penetrating tie beams (nuki) visible from the front of wall.
uki are usually plastered inside the mud-wall. Usually
the cross-section size is small, 15×105 or 18×105, and
they are not expected to contribute much to structural
integrity of mud-wall.
Photo 1 shows an example of mud-walls with visible
penetrating tie beams. The effect of such penetrating tie
beams on the restoring force characteristics of mud-walls
was examined by full-scale experiments in 2014 and 2015.
Test results were compared with the proposed design
method for traditional timber buildings [1].

2.1 MUD WALL SPECIMENS

Photo 1: Visible penetrating tie beams at

1

eiji a

Hiroyuki Nakaji, Tottori University of Environmental
Studies, nakaji@kankyo-u.ac.jp
2 Yoshiyuki Suzuki, Ritsumeikan University, Kinugasa
Research Organization, suzuki-y@fc.ritsumei.ac.jp

Based on the structural investigation of
eiji a (a
community theatre in Kashimo, Nakatsugawa, Gifu,
Japan), two types of mud-wall specimens were prepared:
MEIJI-K and MEIJI-R. Figure 1 shows the framework of
mud-wall specimens. Specimen MEIJI-K has two visible
penetrating tie beams (30×120) and MEIJI-R has three
(two 30×120 and one 30×175). The number of each type
of specimens was three in 2014. “K” means Japanese
word kataga a, that is, two penetrating tie beams are
visible on one side of mud-wall. “R” means ryoga a, that
is, two nuki are visible on one side and one nuki is visible
on the other side of mud-wall.
Additional experiments were carried out to find out the
influence of komai on restoring force characteristics and
failure process of mud-walls in 2015. The number of each
type, MEIJI-K and MEIJI-R, of specimen was one.
The common specification is as follows:
Column 120×120 ( inoki, Japanese cypress)
Upper beam 120×210, Sill 120×180 ( atsu, pine)
Wall length (column span) is 1880 mm
Wall height of specimen is 1945 mm
Column-beam joints and column-sill joints are both
agaho o and cotter-pin (Figure 2)
Thickness of mud-wall is 54 mm, finished by
akanuri coat (Figure 3)
Photo 2 and 3 show the difference in komai between the
mud-wall specimens in 2014 and 2015.
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Horizontal members of komai were bamboo
komai members were tied with straw rope along with
a atashi
In 2015,
Each end of a atashi was inserted to a hole (depth
15 mm) on columns, upper beam and sill
All komai members were bamboo
omai members were tied with straw rope along
with a atashi

510

-

758

1945

Tie Beam 30x120

677

Tie Beam 30x120

1880

510

(a) MEIJI-K

758

1945

Tie Beam 30x120

Tie Beam 30x175

677

Tie Beam 30x120

1880

(b) MEIJI-R
Figure 1: Framework of Mud-Wall Specimen

Photo 2: omai made of bamboo and timber (2014)

Unit : mm
120

column

120

sill

120

15x15
cotter-pin
90

30

Figure 2: Detail of joints between column and sill

Photo 3: omai made of bamboo (2015)
In 2014, six specimens (timber frameworks with komai)
were built in Kashimo and were transferred to Tottori
University of Environmental Studies (TUES), and then
plastered with mud: raka e and akanuri. Photo 4
shows plastering process. In 2015, two specimens were
built at the structural laboratory of TUES.

MEIJI-K
MEIJI-R
Figure 3: Thickness of mud-wall is 54mm
In 2014,
Each end of a atashi bamboo was jointed to
timber framework with a nail and tied with straw
rope
Vertical members of komai were timber

(a) Timber frameworks
and komai

(b) raka e

(c) akanuri
(d) Completion
Photo 4: Plastering process (2014)
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3/20
1/8
1/10
3/40

1/20
1/40
0
- 1/40
- 1/20
- 3/40

- 1/10
- 1/8
- 3/20

Figure 4: Loading procedure, 1/480 rad ~ 1/7 rad

Photo 5: Test setup of MEIJI-R-1 (2014)
of both ends of sill were measured. In addition, the pullout displacements at column joints were also measured.
Figure 6 shows the test results. The P-Delta effect on the
restoring force by steel weight was removed with Eq. (1).
𝑃′ = 𝑃 + 𝑊 tan 𝜃

(1)

Here,
𝑃′ : restoring force without P-Delta effect (kN)
𝑃: measured load (kN)
𝑊: steel weight (=19.24 kN)
𝜃: deformation angle (rad)
(a) MEIJI-K

Deformation angle 𝜃 is obtained from the horizontal
displacements of upper beam ( 1) and sill ( 2). is wall
height, 1945 mm.
𝜃=

𝑑1 −𝑑2
𝐻

(2)

2.3 FAILURE PROCESS

2.2 FULL SCALE TESTS

In the case of MEIJI-K-1 (2014), Table 1 and Photo 6
show the failure process. Cracks in the mud-wall were
observed on the reverse side of the wall shown in Photo 6.
In the case of the specimens MEIJI-R-1, MEIJI-R-2 and
MEIJI-K-1, the entire mud-wall panel fell from the timber
framework at the stage of 1/10 rad, because the komai
were not affixed to the timber framework of the specimen
properly. To avoid such out-of-plane collapse, timber bars
were added to the framework of the remaining specimens
in 2014 (Photo 7). The cross-section size of the bars was
15×15.

Shear cyclic loading tests of mud-walls were carried out
at TUES in 2014 and 2015. Photo 5 shows the setup of
MEIJI-R-1.
Axial force was applied to columns by using 19.24 kN of
steel weight to avoid pull-out failure at the column-sill
joints (Figure 2). Horizontal cyclic force was applied at
the level of the upper beam of each specimen. The
deformation angle was increased in stages from 1/480 rad
to more than 1/10 rad. Each deformation was cyclically
produced three times. Figure 4 shows an example of
loading procedure.
Load and displacements were measured to obtain the
load-deformation curves. Figure 5 shows the
measurement setups of MEIJI-K and MEIJI-R. The
horizontal displacement of upper beam and sill, and uplift

Photo 7: 15×15 bars to hold mud-wall (2014)

(b) MEIJI-R
Figure 5: Measurement setup
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(a) MEIJI-K-1

(e) MEIJI-R-1

(b) MEIJI-K-2

(f) MEIJI-R-2

(c) MEIJI-K-3

(g) MEIJI-R-3

(d) MEIJI-K-4
Figure 6: Restoring force characteristics
MEIJI-K-2, MEIJI-K-3 and MEIJI-R-3 specimens were
tested until 1/7 rad. However, the mud-wall panels in
these specimens also collapsed at 1/7 rad.
Table 1: Failure process of MEIJI-K-1
Deformation Failure
angle (rad)
1/480 - 1/120 N/D
1/90 - 1/60
Cracks of mud along with nuki
1/45 Compression failure of mud around the
corner of column joints
1/30 - 1/15
Cracks increase
1/10 - Final
Collapse of mud-wall panel

(h) MEIJI-R-4
Table 2: Failure process of MEIJI-K-4
Deformation Failure
angle (rad)
1/480 - 1/120 N/D
1/90 - 1/60
Cracks of mud along with tie beams
1/45 Compression failure of mud around the
corner of column joints
1/30 - 1/20
Cracks increase
Compression failure of mud around
corners of column joints
1/15
Small fall of cracked mud
1/10 – 1/7
Large fall of cracked mud
omai maintained (no collapse)
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(a) 1/90 rad

(a) 1/90 rad

(b) 1/20 rad

(b) 1/20 rad

(c) 1/10 rad

(c) 1/10 rad

(d) Finally (collapse at 1/10 rad)
Photo 6: Failure process of MEIJI-K-1

(d) Finally (not collapse at 1/7 rad)
Photo 8: Failure process of MEIJI-K-4
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(a) MEIJI-K-1

(e) MEIJI-R-1

(b) MEIJI-K-2

(f) MEIJI-R-2

(c) MEIJI-K-3

(g) MEIJI-R-3

(d) MEIJI-K-4
Figure 7: Envelope curves of restoring force characteristics
In the case of MEIJI-K-4 and MEIJI-R-4 in 2015, komai
were different from that in 2014 and they did not collapse.
Failure processes were similar to those of specimens in
2014.
Table 2 and Photo 8 show the failure process of MEIJI-K4 in 2015. The collapse of the entire mud-wall panel
including komai did not occur. This is because komai were
affixed to the timber framework, an important step.
2.4 ENVELOPE CURVES
Figure 7 shows the envelope curves of restoring force
characteristics of the specimens. It was found that (1) the
restoring force of MEIJI-R specimens is greater than that

(h) MEIJI-R-4

of MEIJI-K specimens because of the number of nuki, and
(2) the effect of komai on restoring force characteristics is
small.

3 COMPARISON WITH DESIGN
METHOD
In the proposed structural design method for the
traditional wooden buildings [1], the restoring force
characteristics of mud-wall is assumed by adding the
shear force derived from moments of timber joints to that
of the mud-wall panel. Figure 8, 9 and 10 express the idea.
Table 3 shows shear stresses of mud-wall panel and
moments of timber joints.
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Table 3: Shear stresses of mud-wall panel and moments of timber joints
1/480 1/240 1/120
1/90
Deformation angle (rad)
Shear stress of mud-wall panel
30
54
86
96
(kN/m2)
0.25
0.45
0.70
0.90
Moment of nagaho o (kNm)
Moment
of Height of 105-120
0.08
0.15
0.30
0.40
visible nuki nuki
0.21
0.38
0.50
0.54
165-180
(kNm)
(mm)

1/60

1/45

1/30

1/20

1/15

1/10

98

93

84

72

58

34

1.10

1.30

1.45

1.50

1.50

1.50

0.48

0.51

0.56

0.63

0.71

0.86

0.59

0.63

0.71

0.81

0.90

1.07

restoring force based on the design method as described
above.

4 CONCLUSIONS
Figure 8: Restoring force characteristics of mud-wall

Figure 9: Wall thickness and length

M

Tie Beam

M

H

ACKNOWLEDGEMENT

B

(a) o o joints
(b) uki joints
Figure 10: Shear force derived from moments of timber
joints
In the case of MEIJI-K, for example, the restoring force
for structural design at deformation angle 1/480 rad is
calculated as follows:








Full-scale experiments of two types of mud-walls with
large cross- section penetrating tie beams visible from the
front of wall were carried out and the test results were
compared with the proposed design method. The results
show:
(1) The restoring force of specimens MEIJI-R is larger
than that of specimens MEIJI-K because of the
number and size of nuki.
(2) The restoring force characteristics of mud-walls with
penetrating tie beams can be estimated by adding the
shear force derived from moments of column joints
and tie beam joints to the shear force of mud-wall
panel.

Mud-wall panel = 30×54×10-3×1880×10-3=3.046
(kN)
 Shear stress is 30 kN/m2
 Wall thickness is 54 mm
 Wall length is 1880 mm
agaho o joints = 0.25×2/1.945×2=0.514 (kN)
 Moment of agaho o joint is 0.25 kNm
 Wall height is 1945 mm
 One column has two agaho o joints
Visible nuki joints = 0.08×2/1.945×2=0.165 (kN)
 Moment of nuki whose height is 120 mm is
0.08 kNm
 Wall height is 1.945 m
 Specimen “K” has two nuki
Total = 3.73 (kN)

In the same way, the restoring force at deformation angle
1/240, 1/120, ..., and 1/10 rad can be obtained.
Figure 11 shows the comparison between test results and
design method. Three dashed lines are envelope curves of
test results (same as Figure 7) and one solid line is the

This study was carried out as a part of Examination
Committee of Earthquake Retrofit for
eiji a. The
authors express their gratitude to students of TUES who
helped with full-scale experiments.
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(a) MEIJI-K-1

(e) MEIJI-R-1

(b) MEIJI-K-2

(f) MEIJI-R-2

(c) MEIJI-K-3

(g) MEIJI-R-3

(d) MEIJI-K-4
Figure 11: Comparison of full-scale test results with design method

(h) MEIJI-R-4
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EXPERIMENTAL STUDY ON THE PROPERTIES OF WOODEN RIGID
FRAME WITH A STRUCTURAL PLYWOOD WALL
Hiroa i OSAWA1, Yoshio SAKAMAKI2, No uyoshi MICHIBA3, K isu
Tsuyoshi MAKITA , S iji TAKANASHI and Yoshimitsu OHASHI

KAGAWA4,

ABSTRACT:. The purpose of this study is to clarify the properties of wooden rigid frame with a plywood wall by
experiments. By a combination of plywood wall and wooden rigid frame, it is possible to increase the stiffness of the
rigid frame. In this case, the additional axial force from the plywood wall is generated on the column of the wooden rigid
frame. And the influence must be different depends the nail fastening position of the plywood wall to the frame column.
By analysis of the experimental results, it is cleared that the maximum strength, the initial stiffness and the shear force of
the plywood wall depends the nail fastening position of the plywood wall.
KEYWORDS: Wooden rigid frame, Shear-rotational angle curves, Plywood wall , Lag-screwbolt(LSB)

1 INTRODUCTION 123
In Japan, the "Law on the Promotion of long-term
durability and high-quality house" was established in
2009. This law requires change-ability of the floor plan in
order to meet the lifestyle of the residents. Therefore, it
has become that the skeleton-infill system is employed in
houses.
In addition, in recent years in Japan, such cases have
increased that they have to build houses in small area.
Such a house is effective as a means to build a house with
low cost even in city center, where land prices is high.
However in these cases, it is difficult to place sufficient
quantity of structural walls. When they design these
houses, the wooden rigid frame is effective.
However, the wooden rigid frame has a problem that
the joint shows semi-rigid performance. Therefore, it is
difficult to satisfy the necessary stiffness of 1 / 120 radian.
It is the limit value of the deformation angle for buildings
for elastic design. In this case, it is possible to compensate
for the initial stiffness by incorporating the wooden rigid
frame with the structural wall. In this case, in general, an
independent framework of wall is set up within wooden
rigid frame. The plywood board is nailed on this
framework. If it can be nailed directly onto the column of
the rigid frame, there is no need to place a post of the
framework. And they can design economically.
The research aims to examine the wooden rigid frames
with plywood wall, and to clarify the stress properties.
Hiroaki OSAWA, Dept of Arch, Grad school of Eng.
Tokyo City Univ. , JPN,
bigmuffrat1@gmail.com
2
Yoshio SAKAMAKI, Houseplus Corporation, JPN,
sakamaki@houseplus. co.jp
3 Nobuyoshi MICHIBA, Houseplus Corporation, JPN,
n.michiba@houseplus.co.jp
4 Keisuke KAGAWA, Houseplus Corporation, JPN,
k.kagawa@houseplus.co.jp

1

2 OVERVIEW OF EXPERIMENTS
2.1 SPECIFICATIONS OF SPECIMENS
The joint of the wooden rigid frame used the “lagscrewbolt”. It is called “LSB” in the followings. Pi . 1
shows them. The LSB has been developed as the joining
system of the wooden rigid frame. It demonstrates the
performance of pull-out strength by screwing into the
wood. It also joints each other member to transmit a pullout strength. Because the diameter is small, LSB is
possible to minimize the section loss of the wood. Further,
since the joint is hardware, it has better workability.
Because of these advantages, in recent years, it has often
come to be adopted.
When a plywood wall were nailed directly to the
wooden rigid frame, the stress from the nails of the
plywood wall is added onto the wooden rigid frame.

Pic. 1: the lag-scre

5

olt

Tsuyoshi MAKITA, KANESHIN Corporation, JPN,
makita@ys-gr.jp
6 Seiji TAKANASHI, National Institute of Occupational Safety
and Health, JPN, takanasi@s.jniosh.go.jp
7 Yoshimitsu OHASHI, Prof. ,Dept. of Architecture, Tokyo
City Univ. ,Dr. Eng. ,JPN, ohashi-y@tcu.ac.jp
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There are two types of specimens to compare the
stress by the setting position. These were Case1 and Case2,
shown in Fi . 1. When the rigid frame is pulled in Case1,
the stress from the nails of the plywood cancels the
compression stress of LSB. And it is opposite in Case2.
Fi . 2 and Fi . 3 show Case1 and Case2 respectively. The
number of specimens was three in each case. In addition,
one rigid frame without plywood wall was prepared
(Case3). Fi . 4 shows the Case3 specimen. Moreover, two
kinds of plywood wall specimens were prepared. One
plywood wall specimen was as same sequence of the nail
as Case1. It is called Case4 specimen. The other plywood
wall specimen was as same as Case2. It was Case5
specimen. Ta .1 shows the list of specimen. Ta .2 shows
the main elements and dimensions of specimen.

2000

60

400
beam

Nail : N50@75

LSB

push and pull

steel
column

column

鉄丸くぎ
N50@150

Nail : N50@75

Nail : N50@75

Plywood : 9.5㎜

LSB
Nail : N50@75

20

sill

cancellation

addition

Fig. 2: he specimen o Case
400

2000

60

beam

Nail : N50@75

LSB

Case2

Case1

push and pull
steel

the a ial orce to occer in
the orce generate

y the rotation o the ply oo wall

column

column

Fig. 1: he stress state y a i erence o the setting position
Nail : N50@75

Tab. 2: he ist o the specimens

Case1

○

Case2
Case3
Case4
Case5

○

plywood specimen
number
wall
○
○

○
○
○

3

figure

feature
two stress are
cancelled

3

two stress are
added

1

rigid frame without
plywood wall

1

same nail sequence
as Case1

1

same nail sequence
as Case2

Plywood : 9.5㎜

LSB
Nail : N50@75

sill

Fig. 3

he specimen o Case
LSB

60

beam

Tab. 2: he main elements o specimen

400

push and pull

joint

300

LSB

column

Plats

2855

Nuts
Special Plats
LSB

20

Element
material
dimension (mm)
beam of rigid frame
120×390
Laminated lumber (E105-F300)
column of rigid frame
120×300
plywood
structual plywood (JAS)
t=9
wooden
nail
N50 (JIS A 5508)
φ2.75×50
element
column
120×120
Laminated lumber (E95-F315)
stud column
30×120
sill
120×120
LSB
φ16
hardware plate
88×130 t=20
hardware
S45C, JIS G 4501
original nut
φ25×17
wedge shape hardware
20×27×90
column base hardware
120×300×150

2000

390

wooden
rigid

20

specimen

Nail : N50@75

basement

Fig. 4: he specimen o Case

steel
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LSB
LSB

2.2 SPECIFICATIONS OF JOINING PARTS OF
COLUMN AND BEAM
The column-beam joint is made up with LSB,
hardware plate and original nuts. There are joined by
wedge shape hardware. The column and base joint is
made up with LSB which was buried in a column and steel
material. There are joined by nuts. Fi . and Fi . show
the picture of the column-beam joint and the column base
joint, respectively.

LSB
LSB
はり
beam

hardware
プレート
plate
ナット
nuts
柱

column

くさび状金物

wegde shape
hardware

Fig. 5

he column- eam joint

2.3 SET UP OF EXPERIMENT
The force was applied by the jig which attaching beam
end part of specimen. The capacity of the actuator is
200kN, and the maximum stroke is 600mm. The rigid
frame specimen is fixed with column base. It is supported
by channel steel of which both end parts are pin-jointing.
Tie-rod method was applied for the plywood wall
specimens.
The force was application by displacement control.
The applied rotational angles are 1/450, 1/300, 1/200,
1/150, 1/100, 1/75 radian, and repeated 3 times. After 1/75
radian, it is applied only positive side. After reaching the
maximum-load, the specimen are loaded until 1/10 radian.
Fi . shows the set-up. Pi . 2 ～4 show the view of Case3,
4, 1, respectively.

LSB

nuts
column base
hardware

Fig. 6

he column ase joint

面外変形拘束装置

3 RESULTS OF EXPERIMENTS

面外変形拘束装置
変位計①

－

＋

3.1 DAMAGE STATE

42 3

The typical damage of all specimens are shown in
Ta .3. The damage of all rigid frame specimen are the
tension rupture of column-base LSB. Subsequently, the
failure of specimen is the pull-out of the column-beam
joint LSB.
Pi . shows the view of Case1 at the rupture of the
column-base LSB (at 1/23 radian). Pi . shows the
damage of the column-base LSB. Pi . shows the damage
of the column-beam joint LSB.

ロードセル

he ie o Case

Pic. 3

specimen
試験体

標点距離

Ｈ = 26 6 0

加力治具
jig
jig

（反力フレーム）

Fig. 7

Pic. 2

actuator

ア ク チ ュ エ ー タ （ 20 0 kN- st6 0 0m m ）

he ie o Case

he set-up o the test

Pic. 4

he ie o Case

スライド支承
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Tab. 3: he typical amage state o specimens

The
typical
damage
state

Case3

Case4

Case1 no.1

40

wooden rigid frame
wooden rigid frame
plywood wall
with plywood wall
・The column base LSB ・The nails dented 3mm ・The column base LSB
was ruptured.
was ruptured.
in the plywood wall
(1/23 radian)
(1/23 radian)
(1/30 radian)
・The column head was
fissured.
(1/17 radian)

・Nail right part of the
・Nail right part of the
plywood wall came out. plywood wall came out.
(1/10 radian)
(1/15 radian)
・The column head was
fissured. (1/10 radian)

35
30

Load (kN)

specimen

45

10

The load-rotational relation of each specimens is
shown in Fi . . Fi . shows the envelope curve of the
load-rotational relation. And Ta . 4 shows the structure
characteristic values of each specimens. The maximumload of the average of Case1 is 37.85kN, and the initial
stiffness is 2.20kN/rad × 10-3. As for Case2, the
maximum-load is 34.29kN, and the initial stiffness is
1.71kN/rad×10-3. And also Case3, the maximum-load is
25.02kN, and the initial stiffness is 0.99kN/rad×10-3. By
setting up the plywood wall on the wooden rigid frame,
the maximum-load and the initial stiffness became higher.
Additionally, Case1 showed higher performance
compared with Case2.
he structural characteristic alues o each specimen

(the maximum-load)

K (the initial stiffness)

kN

0

Fig. 9

40.67
-3

40.30

36.46

2.25

1.92

2.44

kN

21.85

20.34

19.62

rad×10

9.69

10.59

8.05

kN
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4 COMPARISON OF SUMMED VALUE
OF ELEMENTS

40

35

4.1 COMPARISON OF THE ENVELOPE CURVE

30
Load (kN)

The load-rotational angle relations of the rigid frame
and plywood wall are added together to examine the
properties. And we call it “summed value”. Hence we
compared Case1 with the summed value which adding
Case3 and Case4. And also we compared Case2 with the
summed value which adding Case3 and Case5. Fi . 1
shows the comparison load-rotational relations of Case1
and the summed value.Fi . 11 shows the comparison on
it of Case2 and the summed value. From these figures, the
summed value of the maximum-load of the wooden rigid
frame and a plywood wall is lower than in Case1, and is
higher than in Case2. On the initial stiffness, the summed
value is almost same as Case1, and is higher than Case2.
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4.2 COMPARISON OF THE STRUCTURE
CHARACTERISTIC VALUE

𝑃𝑎 = 𝑃𝑜 × 𝛼
(𝑎) 𝑃𝑦

(1)

(𝑏) 0.2 × 𝑃𝑢 × √2𝜇 − 1
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(𝑐) 2⁄3 × 𝑃𝑚𝑎𝑥
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The allowable stress calculations for the shear force were
carried out. Allowable stress calculation is applied for the
analysis of the elastic range against medium scale
earthquake. The short-term allowable shear strength 𝑃𝑎 is
as E uation 1 . Py, Pu, μ can be obtained from the
following Fi .12. The value (a) represents the yield
strength. This value secures the performance for medium
earthquake. The value (b) secures the performance for
large earthquake. The value (c) secures a certain margin
with respect to maximum strength. The value (d) secures
required stiffness.
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Fi . 13 and Fi .14 show the structure characteristic
values of Case1 and Case2, respectively. On the minimum
of four indexes in this Figure, Case1 is almost equal with
the summed value. Case2 is lower than the summed value.
The experimental values should not be less than
summed value. Therefore, the summation of the curve is
effective in the Case1. Nevertheless, it is not effective in
the Case2.
envelope curve

load(kN)
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0.8Pmax
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δy δv
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30
25

Py

Load （kN）

20

5

P (1/120rad)
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(3) From the experimental results of Case3, the wooden
rigid frame has been found to yield at 14.4×10-3radian.
Therefore, the ra h 3 can be drawn.
(4) E uation 3 shows the relationship between the
shear force applied to the wooden rigid frame and the
column top and the column base moment. From this
relationship, the column top moment was calculated.
Therefore, the ra h 4 can be drawn.
(3)
QH= 𝑀𝐻 + 𝑀𝐵

2/3Pmax

15

(2)

𝑴𝑩 the column ase moment k m
T : the a ial orce o
k
𝒘 : the
istance m
m

Py

20

0

𝑀𝐵 =T × w

0.2Pu/Ds

10

Fig. 13

The strength of wooden rigid frame is dependent on
the strength of the column-base LSB. From the
experimental results of Case3, the rotational angle of
wooden rigid frame was determined at the time when
the column base LSB is yield. The yield point of the
LSB was defined at the point that the average strain of
LSB has reached 2000μ.
Fi .1
shows the strain-rotational angle
relationship. This is the amount of strain of the LSB
to bear the tension of the column base. This is a
sample of Case3. From the figure, it was found that
the tensile LSB was yield at 9.5×10-3 radian. At this
time, the axial force of the LSB is 77.8kN. Therefore,
the ra h 1 can be drawn.
(2) From (1), the column base moment was calculated
when the LSB is yield. E uation 2 shows the
formula of the column base moment. Therefore, the
ra h 2 can be drawn.

2/3Pmax

15

0

(1)

strain (μ)

Fig. 12

δu

rotational angle (rad×10-3)

independently. Fi . 1 shows the relationship between the
strength and rotational angle. The relationship are drown
simply by the two straight lines. The break point of the
line represents yield point.
We have discussed as the following procedure. At
first, we have considered the case of the wooden rigid
frame.

3 rad

2000
1500

the column base
tensile LSB
average

1000
500

4.3 CONSIDERATION ON STRENGTH OF
SUMMED VALUE
The strength of the wooden rigid frame with
plywood wall was considered. The strength of wooden
rigid frame and plywood wall should be considered

0
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15

rotational angle of Case3 （rad×10-3）
Fig. 16

he strain-rotational angle relationship

20
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In addition, the inflection point of the moment of the
column was determined. Fi . 1 shows the
relationship between the inflection point and the
rotational angle. Until the column base LSB is yield,
the inflection point height ratio is 0.68. When the
column base LSB is yield, the inflection height ratio
continues to fall down. And finally, the inflection
height ratio drops to 0.44. After the column base LSB
is yield, the column base could not bear moment. And
the column top moment become larger.

𝑀𝑤 = 𝑄𝐻 = 𝑊𝑇

(4)

.

Fig. 17
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Then, we have considered the strength of the structural
plywood wall in case that the structural plywood was
attached directly to the wooden rigid frame.
(5) From Case4 and Case5, the plywood wall was yield
at 3.9 × 10-3rad in 7.04kN. Therefore, the ra h
can be drawn.
(6) E uation 4 shows the moment to bear the column
base joint. It can be obtained the axial force applied to
the column from plywood wall.

Also, the axial force to bear the column base LSB in
this case was considered. Axial force transmitted to
the column from the plywood wall is bisected to the
compression and the tension side of the LSB.
E uation
shows the axial force relationship to
bear tensile LSB. It is found that LSB is yield at
12.65kN. Therefore, the ra h
can be drawn.
(5)
T’ = 𝑇⁄2 = 𝑄𝐻⁄2𝑊
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Considering above mentioned from (1) to (11), Fi .
2 shows the comparison of the shear force of the rigid
frame summed up with the plywood wall for Case1 and
Case2. It can be seen that the shear force of the both are
smaller than the summed value of the rigid frame and the
plywood wall. And due to the difference of the rotation of
the plywood wall, the initial stiffness and yield strength of
Case1 become higher than Case2. The influence due to
the difference in the position of the plywood wall could
be theoretically explained.

the
column
the plywood
wall
δ

θ

ℓ
Fig. 18

θ’
𝜽’ = 𝜽 − 𝜹⁄𝑳

L

he rotation o the ply oo
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Fig. 19
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30
the shear force (kN)

Finally, we have considered in the case of the wooden
rigid frames with plywood wall.
(7)
Considering the axial force of LSB, the axial force
of the LSB in this case is equal to adding the (1) and
(7). However, the yield strength of the LSB has been
found to 77.80kN from (1). Therefore, as compared
with wooden rigid frame, the yield point happen
earlier. It yielded at 8.00 × 10-3rad. The ra h
can be drawn.
(8)
The column base moment was considered. From
(7), the yield point of the column base LSB happened
earlier. Then, a graph (2) is reduced as the ra h .
(9) From the point of inflection height, the column top
moment was calculated. Since the yield of the
column base happen earlier, column top also yield
earlier. Then, a graph (4) is reduced as the ra h .
(10) The shear force of the rigid frame can be calculated
from the column top moment and column base
moment. Then the ra h 1 can be drawn. Since
the yield of the column base happens earlier, the
wooden rigid frame also yield earlier.
(11) The rotation of the plywood wall of this case was
considered. In Case1 and Case2, even if the rotation
angles of the rigid frames equal, the rotations of the
plywood walls are different. For Case1, the rotation
of the plywood wall is almost same as the rotation of
the rigid frame. However, in the case of Case2, the
column base of the rigid frame is lifted by the force
from the wall. Therefore, the rotation of the plywood
is rather small. Fi . 1 shows the rotation of the
plywood wall in Case2. The bearing shear force of
the plywood wall was determined by the shear
deformation of the plywood wall. Therefore, the
bearing shear force of the plywood wall was different
between Case1 and Case2. Further, Fi . 1 shows
the ratio of rotational angle of the plywood wall to
the rotational angle of the rigid frame. It was
calculated from the experimental results of Case2.
The ratio is found to be constant at about 0.8 times.
Therefore, the yield point of the wall of Case2 was
multiplied by 0.8 compared with Case1.
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CONCLUSION
The followings were made clear:

(1) When plywood wall is nailed directly on the
wooden rigid frame, the maximum-strength and
initial stiffness are depending on the position of the
plywood wall.
(2) Since the bearing shear force of the plywood wall
is different, the difference of the strength is caused
due to the position of the plywood wall.
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STUDY ON SUPPRESSION OF PERFORMANCE DEGRADATION IN
BEARING SHEAR WALLS USING DAMPING MATERIALS
Rika Arai1, Hideyuki Nasu2
ABSTRACT: The main purpose of this study is to reduce the damage on bearing shear walls of wooden houses.
Earthquakes and traffic vibrations cause degradation in performance on bearing shear walls during the period of their life.
We verified whether the damping materials which were expected to improve the performance, workability, and cost of
construction, performed as expected.
KEYWORDS: Damping materials, Bearing shear wall, In-plane shear tests, Single shear tests and calculated results

1 INTRODUCTION 123

2 PREVIOUS STUDIES

We have been conducting research aimed at the
suppression of performance degradation in bearing shear
walls caused by large earthquakes and traffic vibrations [1].
We applied either butyl rubber or silicone caulking
compound to bearing shear walls. These are called
damping material in this paper. Products used are shown
in Figure 1. They can be easily purchased at DIY stores.
We observed the behavior from large amplitude vibrations
using 10 times repetition static loading tests.
In addition, we used the shear strength calculation
formula. We aimed to predict the performance of the
bearing shear wall theoretically. Then compared the
consistency of the experimental values to the theoretical
Plywood or Plaster board
values.

In the author's previous studies, we constructed the
bearing shear walls, as shown in Figure 2. Bearing shear
wall were sandwiched them between damping material, as
shown in Figure 3. We carried out the in-plane shear
experiment of the bearing shear walls. We chose high
performance material from a variety of damping
materials. The load-deformation angle curves of in-plane
shear experiments are shown in Figure 4. We used Butyl
rubber in this study. Butyl rubber had a maximum strength
and initial stiffness higher than the control piece.

Load(kN)

25
20
15
10

Figure 1: Damping materials

Figure 2: Control type

Plywood or Plaster board

5

Damping material
0

0

0.01

0.02

0.03

0.04

0.05
0.06
0.07
0.08
Deformation angle (rad.)

Control
標準仕様

Butyl rubber
ブチルゴム

Silicone
caulking compound
シリコンコーキング材

Waterproof tape
防水テープ

Energy-absorbing
rubber
エネルギー吸収ゴム

Figure 3: Using damping material type
1

Rika Arai, Mitsui Home Components Co., Ltd. M. Eng.,
JAPAN, r-arai@mhc.co.jp
2
Hideyuki Nasu, Prof., Dr.Eng., Nippon Institute of
Technology, JAPAN, nasu.hid@nit.ac.jp

Figure 4: The load-deformation angle curves
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3 PURPOSE OF THIS STUDY

Table 2: The specifications of the test pieces

The purposes of this study was to verify whether we can
predict the performance by using the theoretical formula
to the bearing shear wall.
We used the Kamiya method. Kamiya’s study had
proposed a method for determining racking stiffness for
strength of walls[2]. Whereas Kamiya’s study used nails,
we used damping material and screws for this study. This
is a feature of this study. We combined damping material
and screws.

4 SUMMARY OF EXPERIMENTS
Firstly, we carried out in-plane shear experiments in
conformity to JIS A 1414. The caluculation method of
wall ratio is shown in Figure 5. The force application
schedule is shown in Table 1.
Secondly, we carried out single shear tests.
Finally, we verified whether it is possible to predict the
behavior and performance of bearing shear wall by
adopting a theoretical formula from these test results.
The details of the test pieces are shown in Table 2.
We compared the predicted value and the experimental
value of the in-plane shear experiment. We verified
whether it is possible to predict the performance of
bearing shear walls.
Ⅲ

Load

Ⅱ
Ⅴ

荷重

Ⅰ
Py

Pmax

④

Pu

①
③

②

Ⅶ

0.9Pmax

0.8Pmax

area

Ⅳ

St-13-W-N

Material

Loading

Face member

Connecter

Nothing

3 times

Plywood

Nail
Screw

St-13-W-S

Nothing

3 times

Plywood

St-10-W-S

Nothing

10 times

Plywood

Screw

St-13-Bi-S

Nothing

3 times

Plaster board

Screw
Screw

Br-13-W-S

Butyl rubber

3 time

Plywood

Br-10-W-S

Butyl rubber

10 times

Plywood

Screw

Br-13-Bi-S

Butyl rubber

3 times

Plaster board

Screw

[St]:Standard
[3]:3times static loading [W]:Plywood
[N]:Nail
[Br]: Butyl rubber [10]:10times static loading [B]:Plaster Board [S]:Screw

4.1 SUMMARY OF IN-PLANE SHEAR TEST
The control type for this study used screws. The length of
the wood screw was 51mm. The wood screws are shown
in Figure 6.
Test pieces were real size bearing shear walls. The size
of bearing shear wall is 910 × 2600 mm. The rial size
bearing shear wall is shown in Figure 7.
We used Butyl rubber as damping material in this study.
Butyl rubber was sandwiched between the bearing shear
wall frame and plywood. As shown in Figure 8.
These tests were given static loading of either 3 times or
10 times repetition. The 3 times static loading tests were
in conformity to JIS A 1414. The 10 times static loading
tests assumed a large earthquake event.
Test pieces were of two types. These were plywood type
and plaster board type. Plaster board specification
assumed inner walls of the housing. Plywood
specification assumed outer walls of the housing. These
are shown in Figure 9.

S

(包絡線、変形軸、線分Ⅵで
area
囲まれた部分の面積)

0.4Pmax

Name

Length=51mm
It used at 150 mm intervals.

0.1Pmax

Figure 6: Wood screw
γy

1.
2.
3.

4.

γv

γu

Deformation angle

Ductility factor μ γu γv
Ds 1
Structural characteristics factor
√ 2μ 1
Allowable shear force
Pa
Pa is the minimum load of ①~④
① Yield load
Py
②2/3 of maximum strength
③The load of 1/120rad.
④Ultimate load
Pu
0.2/Ds
The wall ratio
Pa
1/1.96
1/0.91

@150mm

Figure 5: Calculate method of wall ratio
Table 1: Force application schedule
1/600rad.

1/450rad.

1/300rad.

1/200rad.

1/150rad.

4.33

5.77

8.66

13.00

17.33

1/120rad.

1/100rad.

1/75rad.

1/50rad.

Push over

21.66

26.00

34.67

52.00

Until 260mm

Figure 7: Bearing shear wall

Figure 8: Butyl rubber
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Plywood type
Size:910×2600mm
Screw used at
150mm intervals.

Plaster board type
Size:910×2600mm
Screw used at
150mm intervals.

Figure 9: The specifications

4.2 SUMMARY OF SINGLE SHEAR TESTS
We also carried out single shear tests. The experiments
assumed the connector of bearing shear wall.
We used the 2000kN universal testing machine in the
experiment, as shown in Figure 10.
Test pieces were fitted with a linear guide. The linear
guide had the effect of suppressing inclination and
buckling, as shown in Figure 11.
The test pieces gave an alternate load of positive and
negative direction. It was controlled by displacement. The
displacement of the target was 0.1mm, 0.3mm, 1mm,
2.5mm, 3mm and 5mm, as shown in Figure 12.
Test pieces were 7 types × each six pieces.

-5

Figure 12: Force application schedule

5 THE TEST RESULTS
The results of single shear tests are shown in Table 3.
Table 3 consists of maximum strength, initial stiffness,
and energy absorption. Test results were the average value
of the six pieces.
We show the test results of in-plane shear experiment in
Table 4. Table 4 consists of initial stiffness, maximum
strength, energy absorption, allowable shear force, and
wall ratio. Energy absorption capacity was calculated
from the area as shown in Figure 5.
The load-deformation angle curves of in-plane shear tests
are shown in Figure 13.
The in-plane shear experiment used real size bearing shear
walls.
Table 3: Results of single shear tests
Maximum
strength
(kN)

Initial
stiffness
(kN/mm)

Energy absorption
（kN･mm）

St-13-W-N

0.19

1.30

41.63

St-13-W-S

0.31

1.10

13.36

St-13-B-S

0.41

0.43

2.54

St-10-W-S

0.37

1.82

27.66

Br-13-W-S

34.27

0.35

3.76

Br-13-B-S

0.33

1.29

6.29

Br-10-W-S

0.24

3.17

25.66

Figure 10: Single shear tests

Figure 11: Linear guide

-3

Table 4: Results of in-plane shear experiments
Initial
stiffness
(kN/rad.)

Maximum
strength
(kN)

Energy
absorption
(kN×rad.)

Allowable
shear
force
(kN)

St-13-W-N

951.68

15.88

0.85

8.06

4.52

St-13-W-S

2388.45

20.37

0.37

8.48

4.75

St-13-W-S

2406.65

24.87

0.94

13.45

7.54

St-10-W-S

2211.7

18.13

0.26

6.82

3.82

St-13-B-S

1314.59

8.03

0.34

4.84

2.71

Br-13-W-S

2596.96

26.22

0.69

11.95

6.70

Br-10-W-S

1536.16

20.37

0.87

10.3

5.77

Br-13-B-S

1890.13

19.96

0.25

6.15

3.45

Wall
ratio
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0
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0.05
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0.07

(Deformation angle )

Figure 13: The load-deformation angle curves of in-plane shear tests

6 THEORETICAL FORMULA
There were two types of calculation methods for the shear
strength of the bearing shear walls. These were finite
element method analysis and the mathematical model.
Finite element method analysis uses a program that
requires special software and knowledge.
On the other hand, the mathematical model can complete
with manual calculations. This study used manual
calculation. Therefore we used the Kamiya method.
Relationship between the displacement
and the shear
strength
per connector is q f .
Shear strain
and shear strength
Assuming the deformation of the bearing shear wall was
shown in Figure14.

P
V

Shear strain is between the surface
member and the frame material
Shear strain of surface member
6.1 THEORETICAL PREDICTION
PERFORMANCE
We compared the predicted value and the experimental
value of the in-plane shear experiment.
We used the results obtained from the single shear tests.
We used the average value of single shear tests result.
We predicted the performance of the bearing shear wall
by theoretical. We used the method of Kamiya method.
We showed the predicted value in table 5. The loaddeformation angle curves of predict performance are
shown in Figure 15.
Table 5: Predict values of the bearing shear wall

δ

Maximum
strength
kN

Initial
stiffness
kN/(rad.)

Energy
absorption
kN×(rad.)

Allowable
shear force
kN

St-13-W-N

16.03

740.88

1.36

8.11

4.55

St-13-W-S

15.44

990.83

0.54

6.55

3.67

St-13-B-S

5.24

1708.25

0.09

3.00

1.68

St-10-W-S

23.26

1515.77

0.99

11.18

6.27

Br-13-W-S

45.50

1382.02

1.28

11.89

6.67

Br-13-B-S

16.75

1479.03

0.26

5.50

3.08

Br-10-W-S

37.14

1026.78

0.94

8.81

4.94

h

U

l

P

Figure 14: Assuming the deformation of the bearing shear wall

Wall
ratio

(kN)
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Table 6: Consistency to calculated value and experimental values
Experimental Calculated Consistency
values
values
(%)

50

40

30

Maximum strength
(kN)

15.88

16.03

100.94

Initial stiffness
kN/(rad.)

951.68

740.88

77.85

Energy absorption
kN×(rad.)

0.85

1.36

160.00

Wall ratio

4.52

4.55

100.66

20

10

0

0.02

0.04

0.06

0.08

0.1

(Deformation angle)

St-3-W-N
St-10-W-S
Br-10-W-S

St-3-W-S
Br-3-W-S

St-3-B-S
Br-3-B-S

Figure 15: Assuming the deformation of the bearing shear wall

7 COMPARED TO THE CALCULATED
VALUE AND THE EXPERIMENTAL
VALUE
We compared the calculated value and the experimental
values by using a load-deformation angle curve. We
considered consistency of the calculated value and
experimental values. We have focused on the story
deformation angle of 1 / 120 radian (limit with no
damage) and 1 / 50 radian (limit without collapse).

7.2 TESTS USING SCREWS
In the case of using crews, we show the load-deformation
angle in Figure 16. We show the performance of the
calculated value and the experimental value in Table 7.
・St-3-W-S
Load(kN)

0

In the case of using a nail type targeted by Kamiya method.
Load-deformation angle curve was consistent almost
completely to 0.05radian (1/20 radian).

40
30
20
10
0

7.1 TESTS USING NAILS

0

In the case of using nails, we show the load-deformation
angle in Figure 15. We also show the performance of the
calculated value and the experimental value in Table 6.

Experimental values
Calculated values
Figure 16: Load-deformation angle curve

Load(kN)

・St-3-W-N

0.02

0.04

0.06

0.08
0.1
0.12
Deformation angle(rad.)

Table 7: Consistency to calculated value and experimental values

40

Maximum strength
(kN)

30

Initial stiffness
kN/(rad.)

Experimental
values

Calculated
values

Consistency
(%)

21.53

15.44

71.71

2596.32

990.83

38.16

20

Energy absorption
kN×(rad.)

0.56

0.54

96.43

10

Wall ratio

6.05

3.67

71.71

0

0

0.02

0.04

0.06

0.08
0.1
0.12
Deformation angle(rad.)

Experimental values
Calculated values
Figure 15: Load-deformation angle curve

The calculated value was lower than the experimental
value. In addition, consistency of the calculated value and
the experimental value are not very high. The consistency
of the maximum strength and the wall ratio are about 70%.
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7.3 TESTS USING 10 TIMES STATIC LOADING
In the case of 10 times static loading, we show the loaddeformation angle in Figure 17. We show the
performance of the calculated value and the experimental
value in Table 8.

Table 9: Consistency of calculated values and experimental values
Experimental
values

Calculated
values

Consistency
(%)

8.03

5.24

65.26

1314.59

1708.25

76.96

Energy absorption
kN×(rad.)

0.34

0.09

26.47

Wall ratio

2.71

1.68

61.99

Maximum strength
(kN)

・St-10-W-S
Load(kN)

Initial stiffness
kN/(rad.)

40
30

The load-deformation angle curve shows similar
behaviour until 0.02radian. The performance of the
experimental value is higher than the calculated value.
The consistency of the maximum strength and wall ratio
were about 60%.

20
10
0

0

0.02

0.04

0.06

0.08
0.1
0.12
Deformation angle(rad.)

Experimental values
Calculated values
Figure 17: Load-deformation angle curve
Table 8: Consistency to calculated value and experimental values

7.5 TESTS USING BUTYL RUBBER
In the case of using butyl rubber, we show the loaddeformation angle in Figure 19. We show the
performance of the calculated value and the experimental
value in Table 10.
・Br-3-W-S

Calculated
values

Consistency
(%)

18.13

23.26

82.69

2211.70

1515.77

68.53

30

Energy absorption
kN×(rad.)

0.26

0.99

26.26

20

Wall ratio

6.82

11.18

61.00

Maximum strength
(kN)
Initial stiffness
kN/(rad.)

The load-deformation angle curve was similar until
0.02radian (1/50 radian). The consistency of the
maximum strength was about 80%. On the other hand,
consistency of wall ratio is not high.
7.4

TYPE OF PLASTER BOARD

In the case of using plaster board, we show the loaddeformation angle Figure 18. We show the performance
of the calculated value and the experimental value in
Table 9.
・St-3-B-S

40

10
0

0

0.02

Load(kN)

30
20
10

0

0.02

0.04

0.06

0.08
0.1
0.12
Deformation angle(rad.)

Experimental values
Calculated values
Figure 18: Load-deformation angle curve

0.04

0.06

0.08

0.1

0.12

Deformation angle(rad.)

Experimental values
Calculated values
Figure 19: Load-deformation angle curve
Table 10: Consistency to calculated value and experimental values
Experimental
values

Calculated
values

Consistency
(%)

26.22

45.50

57.62

2596.96

1382.02

53.22

Energy absorption
kN×(rad.)

0.69

1.28

53.90

Wall ratio

6.70

6.67

99.55

Maximum strength
(kN)
Initial stiffness
kN/(rad.)

40

0

Load(kN)

Experimental
values

The load-deformation angle curve shows the similar
behaviour until 0.02radian. The calculation value of
maximum strength and energy absorption were higher
than the experimental value. Consistency of the maximum
strength, initial stiffness, energy absorption was not high.
However, consistency of the wall magnification became
very high.
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In the case of 10 times static loading and using butyl
rubber, we show the load-deformation angle in Figure 20.
We show the performance of the calculated value and the
experimental value in Table 11.
Br-10-W-S

40
30

Load(kN)

20

40

10

30

0

20

0

0.02

0.04

0.06

0.08
0.1
0.12
Deformation angle(rad.)

Experimental values
Calculated values
Figure 21: Load-deformation angle curve

10
0

Br-3-B-S
Load(kN)

7.6 TEST UISNG 10 TIMES STATIC LOADING
AND USING BUTYL RUBBER

Table 12: Consistency to calculated value and experimental values
0

0.02

0.04

0.06

Experimental values
Calculated values
Figure 20: Load-deformation angle curve
Table 11: Consistency to calculated values and experimental values
Experimental
values

Calculated
value

Consistency
(%)

20.37

37.14

54.85

1536.16

1026.78

66.84

Energy absorption
kN×(rad.)

0.87

0.94

92.55

Wall ratio

5.77

4.94

85.62

Maximum strength
(kN)
Initial stiffness
kN/(rad.)

Experimental
values

0.08
0.1
0.12
Deformation angle(rad.)

The load-deformation angle curve showed similar
behaviour until 0.02radian. The calculated value
performance was higher than the experimental value
performance. The consistency of Maximum Strength is
not high. However, integrity of the wall ratio was 85%,
and the energy absorption was 90%.
7.7 TESTS OF PLASTER BOARD USING BUTYL
RUBBER
In the case of using plaster board and butyl rubber, we
show the load-deformation angle in Figure 21. We show
the performance of the calculated value and the
experimental value in Table 12.

Maximum strength
(kN)
Initial stiffness
kN/(rad.)

19.96
1890.13

Energy absorption
kN×(rad.)

0.25

Wall ratio

3.45

Calculated
values
16.75
1479.03
0.26
3.08

Consistency
(%)
83.92
78.25
104.00
89.28

The load-deformation angle curve shows similar
behaviour to 0.02 radian. The experimental values show
higher performance than the calculation values.
Maximum strength and wall ratio of consistency were
about 80% to 90% high.

8 CONSIDERATION
8.1 THE EFFECT OF CONNECTER
Behavior of the experimental values and the calculated
values in the case of using nails showed a tendency similar
until 1 / 20 radian. On the other hand, behavior of
experimental values and the calculated values in the case
of using screw showed a tendency until 1/50 radian. This
is shown in Figure 22.
Shear failure of screw bearing shear wall experiments
began from 1 / 50radian. Single shear tests using screws
began shear failure in the deformation of the
corresponding 1 / 50 radian.
In the case of using screws, it is considered that it is
possible to predict until 1/50radian. This is because the
shear failure of the screw itself began from 1 / 50 radian.
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Load(kN)

8.3 THE EFFECT OF BUTYL RUBBER

40
30
20
10
0

40

0

0.02

0.04

0.06

0.08
0.1
0.12
Deformation angle(rad.)

Using nails-calculated values
Experimental values
Using screws-calculated values
Experimental values
Figure 23: Load-deformation angle curve

8.2

Load(kN)

Maximum strength of the calculated results was much
higher than the in-plane shear test results. This is shown
in Figure 23. In in-plane shear tests where butyl rubber
was used on the bearing shear wall, large damage was
seen around the hold-down fasteners. This is shown in
Figure 24.
However, single shear tests could not reproduce this
damage in the hold down fasteners (Figure 11).

THE EFFECT OF STATIC LOAD (THE
NUMBER OF REPETITION TIMES)

Table 13: Consistency to calculated value and experimental values
The type of 10 times static loading
Experimental Calculated Consistency
(%)
values
values
Maximum strength
18.13
23.26
77.94
(kN)
Initial stiffness
2211.70
1515.77
68.53
kN/(rad.)
Energy absorption
0.99
26.26
0.26
kN×(rad.)
3.82

6.27

20
10

In the case of 10 times static loading tests, the maximum
strength of the calculated values was higher than the
maximum strength of the experimental values. This is
shown in Table 13.
Out-of-plane deformation was seen in the bearing shear
wall experiment. It is a factor for the decrease in strength.
Out-of-plane deformation could not be completely
reproduced in single shear test. This is shown in Figure 23.
Therefore, calculation values using the results of single
shear tests was higher than the in-plane shear experiment
value.

Wall ratio

30

60.93

0

0

0.02

0.04

0.06

0.08
0.1
0.12
Deformation angle(rad.)
Butyl rubber-calculated values
Experimental values
Nothing material-calculated values
Experimental values
Figure 23: Load-deformation angle curve

Figure 24: Large damage around the hold-down fasteners

9 CONCLUSION
The experimental results and the calculated results in the
case of using screws showed similar tendency until 0.02
radian. As a result, the shear failure of screws started from
0.02 radian.
Maximum strength of the calculated results was much
higher than the in-plane shear test results in the case of
using butyl rubber.
In the case of 10 times static loading tests results,
calculated values were higher than the experimental
values.
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STRUCTURAL BEHAVIOUR OF POINT SUPPORTED CLT FLOOR
SYSTEMS
Marjan Po o s i 1, hiyon Ch n2, B rnhard Ga n r3
ABSTRACT: This paper presents an experimental investigation of the structural behaviour and dynamic characteristics
of an innovative, double-span, point-supported Cross Laminated Timber (CLT) floor system for an 18-stroey woodhybrid student residence building at the University of British Columbia Campus in Vancouver, Canada. Eighteen CLT
floor specimens with or without service openings were fabricated by three manufacturers and tested. The fundamental
natural frequency, stiffness and deformability, load-carrying capacity, two-way action, compression perpendicular to
grain at the supports, and the failure mechanism of the floor systems were investigated. In addition, the effect of
openings in the floors was investigated along with the manufacturer-related properties of the CLT floors were
examined. The tests gave an insight into the structural behaviour of this innovative floor system, provided test data that
was used for calibration of the Finite Element Models of the building, and helped choose the right product for the
floors.
KEYWORDS: Tall wood buildings, CLT floors, Point-supported floors, Two-way floor action, Floors with openings,
Floor dynamic characteristics

1 INTRODUCTION 123
As a part of the NRCan’s Canadian Tall Wood Buildings
Initiative, an 18-storey, 53 m high wood-hybrid student
residence tower is being built at the University of British
Columbia Campus in Vancouver. Once completed, the
building will be the tallest contemporary wood building
in the world. The structural system of the building
consists of a concrete core that will take the lateral (wind
and earthquake) loads, and an innovative gravity system
consisting of Cross Laminated Timber (CLT) floors that
are supported directly by glulam columns. A pointsupported CLT floor system was specially developed
and designed by Fast + Epp Structural Engineers for this
tall wood building (Figure 1). The system allows the
CLT floor panels to resist gravity loads using the twoway slab action, while the columns at each storey
transfer the axial loads directly to the columns below,
thus
eliminating
the
cumulative
compression
perpendicular to grain loads from the upper storeys on
the CLT floors.
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Figure 1: he point-supporte C
ithout openings

loor system ith an

Although research results are currently available on
static and dynamic performance of CLT floors [1, 2, 3],
it is mostly related to line-supported CLT floors, where
the two-way action of the system is not triggered. Tests
were carried out at the FPInnovations’ Advanced
Building Systems Laboratory in Vancouver to quantify
the dynamic (vibrational) characteristics and the
structural performance of this CLT floor system under
gravity loads. A total of 18 CLT floor panels with and
without openings were tested. The CLT panels were
provided by three manufacturers. Vibration tests were
conducted to derive the natural frequencies of the floor
system, while static, two point load tests were conducted
to obtain the stiffness, strength, deformation shape, and
failure modes of the point-supported CLT floors. The
influence of openings and the material properties from
the three manufacturers was also investigated. The test
results not only gave an insight into the structural
behaviour of this innovative floor system and helped
select the right product for the floor system, but also
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provided data that can be used by the designers for
calibration of the finite element model of the 18-storey
building.

2 TESTED FLOORS
A total of eighteen (18) CLT floor panels in three series,
each one supplied by a different CLT manufacturer (I, II
and III), were tested. The CLT floor panels for the 18storey building were designed to be supported by glulam
columns on a 2.85m x 4.0m grid, and had a length of 8m
and 12m for two and three spans respectively. To
accommodate the clear width of the testing frame, the
CLT panels for testing were fabricated to a width of 2.72
m. The small difference in width (13cm) between the
prototype and the specimens is not expected to have any
significant influence on the floor behaviour and the
findings. All CLT panels were 5-ply with the outer
layers oriented in the longitudinal direction of the panel.
Although the thickness of the plies varied among the
manufacturers, the overall panel thickness was around
170 mm (Table 1).
Table 1: hickness o layers in the C
loor thickness

panels an the total

Thickness of layers and CLT panels [mm]
Manufacturer
Layer
I
II
III
1
40
34
32
2
30
34
35
3
30
34
35
4
30
34
35
5
40
34
32
Total
170
170
169

(a)

(b)

(c)
Figure 2: ra ings o the teste C
loor panels a top
ie o panel ithout openings
ith openings
an c cross-section o the C panel

Each series consisted of six (6) CLT panels, three
without any openings in panel, and other three with a
0.86m x 0.84m square opening in the middle, along with
five small circular openings around it (Figure 2b).
Drawings of the tested CLT floor panels in plan and
cross section are shown in Figure 2.
All CLT specimens provided by three different
manufacturers were stored in the laboratory conditions
until the time of testing. The oven-dry density of CLT
panels was determined according to ASTM standard
D2395 [5] on samples extracted from the panels once the
bending tests were completed. The average density of
the CLT panels from manufacturer I was 473 kg/m3,
while it was 443 kg/m3 and 452 kg/m3 for the panels
from manufacturers II and III, respectively. The moisture
content of CLT panels was also measured once the
bending tests were completed, using a resistance
moisture meter. The moisture content of CLT panels
from manufacturer I and II was similar (about 8.9%),
while the CLT panels from manufacturer III had a higher
moisture content of 13.3%.
The single span of the CLT panels in the longitudinal
direction was 4m while the width of the floors was
2.72m. CLT panels were supported on six short glulam
columns with a length of 0.6m (Figure 3).

(a)

(b)

(c)
Figure 3: C
loor tests rea y or i ration tests a plan
ie
si e ie section an c si e ie
section
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The glulam columns had steel plates on the top attached
to the column using glued in rods (Figure 4). Steel
threaded rods were also used to connect the CLT panels
to the columns. The bearing area of each support at the
corners was 10,400 mm2, while in the middle it was
20,800 mm2. The columns were placed on the concrete
lab floor and were linked together with steel bars to
prevent any potential out-of-plane movements of the
columns.

(a)

(b)
Figure 5: ocations o impact points or i ration tests or
C
loors a ithout opening an
ith
rectangular opening in the mi le
(a)

(b)

Figure 4: etails o the glulam column supports a at the
corners an
in the mi le

3 TEST SETUP AND TESTING
PROGRAM
To obtain the dynamic characteristics of the pointsupported floor system, vibration tests were conducted
on a CLT floor configuration without openings and one
with openings from each series. The vibration tests were
performed by impacting the floor at a number of points
using an instrumented impact hammer and reading the
response at the sensor (accelerometer) attached to a fixed
location on the floor [6]. For CLT panels without
openings, eight (8) impact points were used, located in
the centre of each quarter of the single span floor area
(Figure 5a), while eighteen (18) points of the CLT panels
with openings were impacted (Figure 5b). The time
history acceleration responses from the hammer impacts
were converted into frequency domain using the Fast
Fourier Transform algorithm.
A two-point loading method was used for the static
bending tests, in which two point loads were located in
the middle of each span of the floor as illustrated in
Figures 6 to 7. The loads were applied using a 100,000
lb (444 kN) hydraulic actuator through a spreader beam.
The actuator was connected to a self-contained steel
frame that was fixed to the ground. Two 6 mm thick
rubber pads were placed between the steel loading plates
and the testing panel to prevent them from crushing into
the panels.

(a)

(b)

(c)
Figure 6: est setup or monotonic tests a location o
loa ing points
section si e ie an c
section si e ie
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Figure 9:

Figure 7:

photo o test setup or monotonic tests

The test consisted of two parts: (1) a non-destructive test
where each CLT floor was loaded up to its service
design load level, and (2) a destructive test where the
specimen was reloaded again from zero load till failure
has occurred and the load has dropped to 80% of the
maximum load after reaching the maximum load. The
service design load levels were estimated by the Fast +
Epp designers with the design assumption of a live load
(LL) of 4.8 kPa and a dead load (DL) of 2.0 kPa for the
panels without openings, and a DL = 3kPa and LL =
1.9kPa for panels with openings. This gives a service
design load of 148kN for the panels without openings
and a service design load of 108kN for panels with
service openings.
The load was applied to the assemblies at a rate of 6.3
mm/min at which the floors failed in approximately 10
min. In addition to the measured load and stroke of the
actuator, twenty (20) displacement transducers were
used to measure the deflection of the CLT panels at the
key locations (01 to 16 in Figures 8 and 9) with respect
to the concrete floor. Additional transducers (17 to 20)
were used to measure the relative deformation between
the panel and the glulam columns (crushing of the CLT
slabs), as illustrated in Figure 8. The same measuring
scheme was used for the panels with openings.

photo o the trans ucers arrangement at the
ottom o the C
loor

4 RESULTS AND DISCUSSION
4.1 DYNAMIC CHRACTERISTICS
The first frequency of the floors with and without
openings with different CLT manufacturers is shown in
Table 2.
Table 2: un amental natural re uency o the C

Manufacturer
I
II
III
Average

Frequencies [Hz]
No
With
Openings Openings
16.8
15.9
17.5
16.0
16.8
15.5
17.0
15.8

loors

Difference
[%]
-5.2
-8.6
-7.6
-7.1

The fundamental (1st mode) frequency is the most
important one for the vibration and acoustic performance
of the floor systems [2]. The fundamental frequency of
floors with different manufacturer’s CLT panels with
and without openings was relatively similar. The average
fundamental frequency of the CLT floors without
openings was 17.0 Hz. With openings, the fundamental
frequency of the floors dropped to an average of 15.8
Hz, a 7.1% decrease.
4.2 STATIC PERFORMANCE
4.2.1 D ormation sha
As expected, the CLT floors deformed in both the
longitudinal and transversal direction under the two
point loads (Figure 10a). The deformed shape of both of
the CLT panels with and without openings (Figure 10b)
was similar.

Figure 8: ocation o the isplacement trans ucers or the
monotonic tests ith an ithout openings
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(a)

(a)

(b)
Figure 10: e orme shape o the C
loors a loor ithout
openings an
loor ith openings

Under the service design loads of 74 kN or 54 kN per
span (a value provided by Fast + Epp structural
engineers), the deflection of the sixteen (16) measured
points of the CLT floor system is illustrated in Figure 10.
The results show that the largest deflection occurred at
the loading points D07 and D10. At these points, the
deformation of the CLT panels with openings was 12.9
mm on average under the 54 kN service load, while the
deformation of the CLT panels without openings was
15.5 mm on average under the 74 kN service load. Under
the 54 kN load per span, the deformation of the CLT
panels without openings was 11.3 mm which is less than
that of CLT panels with openings. This indicates that the
openings decreased the stiffness of the floor system.
4.2.2 Load dis la m nt ur s
The load-displacement curves of the CLT floors are
shown in Figures 11 to 13. On the horizontal axis, the
average displacement of two loading points (D07 and
D10) is shown, relative to the average displacement of
all supports (D01, D03, D05, D12, D14 and D16). On
the vertical axis the amount of a single point load is
presented, which was taken as half of the total load
provided by the actuator. The CLT floor designation in
the figures includes manufacturer (I, II, or III), specimen
number (1, 2, or 3), and (O) if the panel has an opening.
Figures show that all CLT panels had relatively similar
linear elastic behaviour until the maximum load was
reached and the rolling shear failure had occurred. At
this point, a sharp drop in the resistance occurred. Some
of the panels (I3, IO3, IIO3) were able to recuperate after
this initial failure (redistribute the load resistance) and
were able to carry increased loads for a while until the
next major failure occurred.

(b)
Figure 11: oa - isplacement o loors rom manu acturer
a ithout openings an
ith openings

(a)

(b)
Figure 12: oa - isplacement o loors rom manu acturer
a ithout openings an
ith openings
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The failure mechanism of the floors induced large
deformations at the middle column(s), which resulted in
the average displacement been lower (as shown on the
L-D curves in figures 11-13) after the maximum load
was reached.

(a)

(a)

(b)

(b)
Figure 13: oa - isplacement o loors rom manu acturer
a ithout openings an
ith openings

4.2.3 Failur mod s
The failure modes of the CLT panels are shown in
Figure 14. At the contact areas supported by the
columns, crushing of the CLT panels perpendicular to
grain failure occurred (Figure 14a). This was expected,
especially at the middle columns as they had the highest
compression stress. This failure mode, however, didn’t
affect the resistance of the floor system. The failure
mode that led to main floor failure was the combination
of rolling shear and tension perpendicular to grain of
CLT panels at one, or both middle support(s) (Figure
14b). Due to the variation of mechanical properties, this
failure mode can start to occur at either of the middle
supports for the CLT floors without openings. In case of
CLT floors with openings, the failure always occurred
on the side with three round openings. In some cases,
once this failure mode was well developed, a subsequent
partial penetration of the column through the CLT floor
was observed (Figure 14c). The completely broken CLT
floor panel is shown in Figure 14d. It should be noted
that this state occurred at large deformation levels, where
the maximum load has dropped below 80% of the
maximum load.

(c)

(d)
Figure 14: ypical ailure mo es o the C
loors a
compression perpen icular to grain
rolling
shear ailure c column penetration an
a
state o completely roken specimen

4.2.4 Sti n ss and ailur load
The stiffness, , of the floor system under bending was
calculated as the secant stiffness on the load-deformation
curves between 0% and 40% of the maximum (failure)
load, , per span. A summary of the main structural
performance parameters (stiffness , strength , and
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deformation at failure ∆ ) of point-supported CLT floors
is provided in Tables 3 to 5.
Table 3: ain structural per ormance parameters o C
loors rom manu acturer

No.
No
openings

(kN/mm)

∆ (mm)

1

5.0

406

44.3

2

5.2

360

37.5

3

5.3

356

47.7

5.2

374

43.2

1

4.6

388

50.2

2

4.4

334

42.9

3

4.4

368

45.5

4.5

362

46.2

Average
With
openings

(kN)

Average
Difference

-

-

Table 4: ain structural per ormance parameters o C
loors rom manu acturer

No.
No
openings

(kN/mm)

With
openings

(kN)

5.6

350

37.9

2

5.4

366

40.9

3

5.5

360

37.5

5.5

358

38.8

1

4.8

324

38.9

2

4.9

362

43.6

3

4.8

336

41.7

4.8

340

41.4

Average
Difference

-

(a)

∆ (mm)

1

Average

( ) of CLT floors with and without openings for all
three manufacturers is also shown in Figure 15. It should
be mentioned that the percentiles are given for
orientation purpose only, as all statistics are based on
three specimens only.

(b)

Table 5: ain structural per ormance parameters o C
loors rom manu acturer

No.
No
opening

(kN/mm)
5.0

416

48.3

2

5.1

386

42.0

3

4.9

404

46.1

5.0

402

45.5

1

4.4

350

47.3

2

4.6

426

54.5

3

4.3

390

50.0

4.4

388

50.6

Average
Difference

∆ (mm)

1

Average
with
opening

(kN)

-

-

As shown in Tables 3 to 5, the average stiffness of CLT
panels without openings from manufacturer I, II and III
was 5.2 kN/mm, 5.5 kN/mm, and 5.0 kN/mm,
respectively, with an average value of 5.2 kN/mm. The
strength of the same CLT panels was 374 kN, 358 kN,
and 402 kN, respectively, with an average value of 378
kN. Comparison of the stiffness ( ) and the failure load

Figure 15: Comparison o structural per ormance o C
loors a sti ness an
ailure loa

CLT panels with openings showed an average drop in
stiffness of 12.4% due to the presence of the openings.
The openings, however, didn’t have significant effect on
the strength as the decrease of the strength was on
average less than 5%. The CLT panels from the
manufacturer II had a highest stiffness, but lowest
strength, while the CLT panels from manufacturer III
were exactly the opposite, as they had the highest
resistance but the lowest stiffness. The stiffness and
strength of the CLT panels from manufacturer I were inbetween these two manufacturers. Despite the
differences, all CLT floor panels tested were deemed to
be suitable in terms of strength and stiffness for use in
the building.

CONCLUSIONS
An innovative, two-way, point-supported CLT floor
system was developed and designed by Fast + Epp
Structural Engineers for the 18 storey wood-hybrid
student residence building (Brock Commons) that is
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currently under construction at the University of British
Columbia Campus in Vancouver. A total of 18 CLT
floor assemblies with or without service openings, from
three CLT manufacturers, were tested under monotonic
load to investigate structural performance of the floor
system under gravity loads. Vibration tests were also
conducted on some of the specimens to determine the
dynamic characteristics of the point-supported floor
system.
It was found that the fundamental natural frequency of
the point-supported CLT floors was about 17 Hz. The
presence of openings reduced Openings induced a lower
frequency of 15.8 Hz (-7.1%). While the effect of
manufacturer-related properties on the dynamic
characteristic of the floor system was negligible, the
material influence on the bending performance was more
prominent. The CLT panels from manufacturer II had
highest stiffness and lowest strength, while the CLT
panels from manufacturer III were exactly the opposite.
The stiffness and strength of the CLT panels from
manufacturer I was between those of the two
manufacturers. The average stiffness and strength of the
CLT floors without openings was 5.2 kN/mm and 378
kN, respectively. The stiffness of the floor system
decreased by 12.4% due to the openings, while the
influence of the openings had relatively negligible (less
than 5%) influence on the strength.
Typical failure modes identified during the testing
consisted of: (i) compression perpendicular to grain
failure at some of the supports; (ii) combination of
rolling shear and tension perpendicular to grain failure
above the middle support(s) where the bending moments
were the highest; and (iii) partial penetration of the
middle columns into the CLT floor in some cases. The
critical failure happened at the middle support(s), where
the bending moment was the highest. The CLT panels
with openings had the failure occurred on the side where
the additional three round openings were present.
The tests gave a valuable insight into the structural
behaviour of this innovative, two-way, point-supported
floor system. They also provided test data that were used
for calibration of the finite element model of the 18storey building, and helped choose the right product for
the floor system.
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PREDICTION OF SHEAR PERFORMANCE ON CROSS LAMINATED
TIMBER WALL WITH WALL TO WALL CONNECTIONS
Jun K on Oh1, Jun Pyo Hon 2, Chul Ki Kim3, Sun Jun Pan 4,
Hy on J on L , Sun Il Jan , Moon Ja Par , Jun Ja L
ABSTRACT: A cross-laminated timber (CLT) wall plays a role of resisting shear stress induced by lateral forces as well
as resisting vertical load. Due to the press size, CLT panels have a limitation in its size. To minimize the initial investment,
some glulam manufactures wanted to make a shear wall element with small-size CLT panels and panel-to-panel
connections and want to know whether the shear wall would have equivalent shear performance with the wall made of a
single CLT panel. In this study, it was investigated by experiments and kinematic model analysis. For additional failure
mode for panel-to-panel connection, 3 more failure mode were formulated. Two shear walls made of small CLT panels
were tested. The model showed a good agreement with test results in envelop curve. Even though the shear walls were
made of small panels, the global peak load did not decrease significantly comparing with the wall made of a single CLT
panel, but the global displacement showed a large increase. From this analysis, it was concluded that the shear wall can
be designed with small CLT panels as shear wall but displacement should be designed carefully.
KEYWORDS: Cross laminated timber, In-plane shear performance of CLT wall, Wall-to-wall connection of CLT wall,
Kinematic model

1 INTRODUCTION1
Recently, cross laminated timber (CLT) has been spotlighted as a shear resisting structural element in building.
Especially in tall building, the building needs to resist
heavy lateral force, such as wind and seismic load. Kuilen
et al [1] mentioned that CLT is a product extremely well
suited for multi-story buildings.
In manufacturing CLT panel, a press facility is required to
press laminae with adhesives. Most typical press facility
is a cold-press unit consisting of hydraulic actuators. As
the size of CLT panel to produce increases, the cost of the
facility increases dramatically because the required
capacity of hydraulic actuator would increase in
proportion to the area of the panel. This indicates that
there is limitations in the CLT panel size in terms of initial
investment for CLT plant establishment. To avoid the
high initial investment, some manufacturers want to make
a shear wall element with small CLT panels (1.2m by
2.4m). It would be less costly in terms of the initial facility
investment. Also during transporting, the small size
panels would be free from road regulation of
transportation. Also it is easier to handle them during
construction.
However, connections between panels are required to
make a CLT shear wall. Ashtari et al [2] reported that the
in-plane shear behaviour of CLT floor diaphragm are
1
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primarily dependent on the properties of the connections
and shear modulus of elasticity of CLT panels. Vessby et
al [3] reported that strength and stiffness of mechanical
connection are weak. The CLT shear wall including
panel-to-panel connections may be weaker than the same
size CLT wall of a single panel.
In CLT shear wall, various types of connection (brackets,
single spline and lapped joint) and fasteners (nails, selftapping screws, timber rivets) can be used, as well as
various wall aspect ratios and various types of CLT panel
(3 ply, 5 ply, species and grade). Due to this variety, many
researchers have developed a model to predict the
performance of CLT panel (Okabe et al.[4], Oh et al.[5]).
Also because there are very varied connections, several
models to predict the shear performance of CLT shear
wall connection have been developed. Filiatrault and Folz
[6] applied a kinematic model for seismic design of wood
frame building. FPInnovations and Binational Softwood
Lumber Council [7] described a kinematic model, in
which the performance of CLT wall could be predicted by
the properties of connection under the assumption that
CLT panel is a rigid body. Gavric et al [8] developed
analytical model and analyzed the CLT wall made of two
horizontally-connected panels. Yasumura [9] formulated
the CLT wall connected by horizontally-connected panels
and validated the formula. But the connection for
vertically-extending has not been investigated.
5
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The vertically extending by connection can cause two
problems. The first is wall buckling at the connection by
vertical load above the wall such as upper story load and
snow load. The second problem is the weak shear
performance of the CLT wall by the connection. As a first
step of the research on the small CLT panel (1.2 by 2.4m)
for structural use, the shear performance of the multiple
panel shear wall was investigated in this study
The shear wall consisting of the small panels (1.2 by 2.4m)
can fail by additional modes initiated at verticallyextending (VE) or horizontally-extending (HE)
connections. By the kinematic approach, the formulae for
the additional failure mode were made in this study and
those were experimentally validated. Also, the influence
of panel-to-panel connection on the behavior of shear wall
was investigated by experimental and kinematic analysis.

2 FORMULATION OF KINEMATIC
MODEL
Under assumption that the CLT panel is a rigid body,
FPInnovations and Binational Softwood Lumber Council
[7] described a formula for the CLT shear wall without
panel-to-panel connections as Mode A of Fig 1. In this
assumption, the global deformation (D) of the CLT wall
is dependent on the property of the bracket.

But when using small panels to make a large shear wall,
the panels should be vertically and horizontally connected
by VE and HE connections. The connections can also
cause the global failure of the CLT shear wall as well as
bracket failure described in previous research
(FPInnovations and Binational Softwood Lumber Council
[7]). Therefore, additional failure modes need to be
formulated (Fig 1). At the failure by the panel-to-panel
connection, the global deformation (D) can be formulated
as Eq. 3, 5 and 7 under the assumption of the rigid body.
Also global force (F) at global deformation of D can be
formulated as Eq. 4, 6 and 8.

For mode A : uplift failure at bracket
𝐷𝑢𝑝𝑙𝑖𝑓𝑡,𝑏 =

𝐻
𝑙𝑏,𝑡,1

𝑑𝑏,𝑡,1 =

𝐻
𝑙𝑏,𝑡,2

𝑛

𝐹𝑢𝑝𝑙𝑖𝑓𝑡,𝑏 (𝐷𝑢𝑝𝑙𝑖𝑓𝑡,𝑏 ) = ∑
𝑖=1

𝑑𝑏,𝑡,2 =

𝐻
𝑙𝑏,𝑡,𝑖

𝑑𝑏,𝑡,𝑖

𝑙𝑏,t,𝑖
𝐿
𝑓 (𝑑 ) +
𝐺
𝐻 𝑏,𝑡,𝑖 𝑏,𝑡𝑖
2𝐻

(1)

(2)

For mode B-1 : uplift failure at vertically-extending (VE)
wall -to-wall connection
𝐷𝑢𝑝𝑙𝑖𝑓𝑡,𝑣 =

ℎ
𝑙𝑣,1

𝑑𝑣,𝑡,1 =

ℎ
𝑙𝑣,2

𝑛

𝐹𝑢𝑝𝑙𝑖𝑓𝑡,𝑣 (𝐷𝑢𝑝𝑙𝑖𝑓𝑡,𝑣 ) = ∑
𝑖=1

𝑑𝑣,𝑡,2 =

ℎ
𝑙𝑣,𝑖

𝑑𝑣,𝑡,𝑖

𝑙𝑣,𝑖
𝐿
𝑓 (𝑑 ) +
𝐺
ℎ 𝑣,𝑡,𝑖 𝑣,𝑡𝑖
2ℎ

(3)

(4)

For mode B-2 : shear failure at vertically-extending (VE)
panel-to-panel connection
𝐷𝑆ℎ𝑒𝑎𝑟,𝑣 = 𝑑𝑣,𝑠

(5)

𝐹𝑆ℎ𝑒𝑎𝑟,𝑣 (𝐷𝑆ℎ𝑒𝑎𝑟,𝑣 ) = 𝑛𝑣 𝑓𝑣,𝑠 (𝑑𝑣,𝑠 )

(6)

For mode C : shear failure at horizontally-extending (HE)
panel-to-panel connection
𝐷𝑆ℎ𝑒𝑎𝑟,ℎ =

𝐻𝑑ℎ,𝑠
𝐿

(7)
𝑛

𝐹𝑆ℎ𝑒𝑎𝑟,ℎ (𝐷𝑆ℎ𝑒𝑎𝑟,ℎ ) =

𝐿
𝑙𝑏,t,𝑖
𝐿
𝑛 𝑓 (𝑑 ) + ∑
𝑓 (𝑑 ) + 𝐺
𝐻 ℎ ℎ,𝑠 ℎ,𝑠
𝐻
𝐻 𝑏,𝑡,𝑖 𝑏,𝑡,𝑖
𝑖=1

hear all eha ior accor ing to ailure mo e
Figure 1
a o e
upli t ailure at racket
o e upli t ailure at ertically-e ten ing panel-topanel connection
c
o e shear ailure at ertically-e ten ing panel-topanel connection
o e C shear ailure at hori ontally-e ten ing panel-topanel connection

𝑑ℎ,𝑠 =

𝑑𝑏,𝑡,1 𝐿
𝑙𝑏,𝑡,1

=

𝑑𝑏,𝑡,2 𝐿
𝑙𝑏,𝑡,2

=⋯=

𝑑𝑏,𝑡,𝑖 𝐿
𝑙𝑏,𝑡,𝑖

(8)
(9)

,where : Height of wall (mm); : Length of a single
panel in multiple panel wall (mm); : Gravity (N); γ,α
γ,α : Global force at
γ,α mm global displacement at
failure mode caused by stress γ at connection α (N); γ,α :
Global displacement caused by failure mode related to
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stress γ at connection α (N); α,β,i α,β,i : Resistance of ith
connector α at i mm displacement under stress β (N);
th
α,β,i : Displacement of i connector α under stress β (mm);
nα : Number of screw at connection α; l α ,i : Distance of ith
connection α from a center of vertical restrain to the center
point of turning by uplifting; α : type of connection ( :
bracket; h : HE connection, : VE connection); β : type
of stress (t : tension/uplift ; s : shear); γ : type of stress
leading to failure (uplift, shear);
For each failure mode, the peak load can be calculated
based on the peak load obtained at the experiments for the
unit connection. The experiment for the unit connection
should be carried out for each component of stress; uplift
resistance of bracket, uplift resistance of VE connection,
shear resistance of the VE connection and shear resistance
of HE connection. Based on the 4 peak loads of the unit
connections, the global peak load can be calculated by the
formulations for each failure mode. Out of the 4 global
peak loads, the minimum value would be chosen as the
global peak load of the CLT shear wall (Eq. 10).
𝐹 = min(𝐹𝑢𝑝𝑙𝑖𝑓𝑡,𝑏 , 𝐹𝑢𝑝𝑙𝑖𝑓𝑡,𝑣 , 𝐹𝑠ℎ𝑒𝑎𝑟,ℎ , 𝐹𝑠ℎ𝑒𝑎𝑟,𝑣 , )

(10)

𝐷 = ∑(𝐷𝑢𝑝𝑙𝑖𝑓𝑡,𝑣 , 𝐷𝑢𝑝𝑙𝑖𝑓𝑡,𝑣 , 𝐷𝑠ℎ𝑒𝑎𝑟,ℎ , 𝐹𝑠ℎ𝑒𝑎𝑟,𝑣 )

(11)

Even though the global peak load is governed by a single
failure mode showing minimum peak load, the global
displacement would be affected by the all failure mode.
Therefore the global displacement was assumed to be the
sum of global displacements by all the failure mode (Eq.
11).

3 MATERIALS AND METHODS
3.1 MATERIALS
3.1.1 Cross laminat d tim r an ls
CLT panels were manufactured with 3 layers. The outer
layer assembled at the same direction and mid-layer was
crossly-oriented. As the outer layer, E11 or higher E-rated
laminae were used, and E8 or higher E-rated laminae were
used for the mid layer. The grading was performed by
Korea Forest Research Institute notification 2009-1[10].
The E11 means that its modulus of elasticity (MOE) is not
lower than 11GPa. The lamina species was Japanese larch
(Larix kaempferi). Average moisture content was 11.5%.
The thickness of the CLT panel was 90mm, in which the
thickness of all laminae was 30mm.

spline were made at the center with 18 mm spacing
between close edges. The depth of the groove was 60 mm.
Screws of 5.4 mm diameter, 89 mm long (T12350DBB,
Simpson strong tie) were used in the panel-to-panel
connections.
For connecting the walls on the foundation, AE116
brackets (Simpson strong tie, Fig 2) were used. Three half
inch bolts fixed the bracket on the foundation. The bracket
was fixed on CLT by SD10212 (Simpson strong tie, USA)
screws.

Figure 2

3.2 E

racket

,

,

olt

rim ntal Pro dur s

3.2.1 T st o unit onn tion
Basically, the fiber of 2 outer layers in 3 layer CLT must
be oriented in vertical direction, because the wall should
resist against vertical load. The inner layer would not play
an important role of load resisting element against vertical
load (Oh et al [5]). Therefore, the single spline connection
was processed for the VE connection, in which a groove
for connection was made in inner layer only. In case of
HE connection, the inner layer should be remained after
connection process. If there is not inner layer in HE
connection, the edge of panel can be easily broken
because the laminae in CLT panel were glued on wide
face only. The cut-off of inner layer for single spline
processing was not appropriate in HE connection.
Therefore double spline connection was used in HE
connection.

3.1.2 Conn tors
If the height of panel is shorter than the height of the story,
panel-to-panel connection is required to extend the panel
up to the height of the story. Also, when the wall is wider
than a panel, the panels need to be connected by HE panelto-panel connection.
In this study, single spline connection and double spline
connection were used. As a spline, 18 mm thick OSB
(Floor 23/32” Stud-I-Floor grade) was used. In case of the
single spline, the groove was made at the center of the
thickness of CLT panel and the two grooves of the double

igure
est set-up or shear per ormance measurement o
panel-to-panel connection a ertically-e ten ing connection
ori ontally-e ten ing connection
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connected by 20 double spline connection (40 screws)
with 114 mm spacing on center for horizontally-extension
(HE). The two brackets was installed at each panel at the
same location as the Specimens S. Four brackets were
installed in Specimen D in total as Fig. 5 shows
Specimen B was the wall extended by connections in
vertical and horizontal directions. Two different
connection was used; HE connection and VE connection.
The VE connection was made up by 18 single spline
connection (36 screws, 120 mm spacing on center). The
HE connection consists of 20 double spline connection
(40 screws, 110 mm spacing on center). There was no
connection at crossing point of VE and HE connection
line. The two brackets was installed per each panel at the
same location as the Specimens S as Fig. 5 shows.
Figure 4 : est set-up or upli t resistance o
connection
a racket,
connection

racket an

By considering the stress type acting the connections, the
4 test set-ups were prepared; uplift of VE and bracket and
shear of VE and HE connection. Two specimens were
prepared for each test set. On the first specimen, a
monotonic test was carried out. Based on the monotonic
test result, the CUREE protocol for the next cyclic test
was determined (ASTM E2126[11]). On the second
specimen, a cyclic test was performed by the determined
protocol.
To measure the shear behavior of panel-to-panel
connection against shear force, the specimen of unit
connection was made as Fig 3 shows. From observed
hysteresis curve, an envelope curve was obtained from the
data of the first cycle direction (tension direction).
Because two connections (4 screws) were used in
experiment, the envelope curve of the unit connection for
shear was obtained by dividing the as-measured load by 2.
The VE connection needs to resist uplift force as well as
shear force. Therefore, uplift test for the VE connection
was carried out. Also, the uplift test for bracket was
performed in the same manner (Fig. 4). At the uplift test,
half CUREE protocol was applied, where only tension
direction protocol was used. An envelope curve of the unit
connection was also obtained from the hysteresis curve.

igure
est all or in-plane shear test
a ingle all ithout panel-to-panel connection all
all containing hori ontally-e ten ing panel-to-panel
connection all
c all containing oth ertically an hori ontally-e ten ing
panel-to-panel connection all
connection as ma e y
sets o
ou le-spline
connection
mm spacing ,
connection as ma e y
sets o single-spline connection
mm spacing

3.2.2 CLT Sh ar all t st
An objective in this study was investigation whether the
CLT shear wall made of small panels can be designed to
have equivalent shear resistance than the CLT shear wall
made of a single large panel. Based on the behavior of
panel-to-panel connection, the global force for each
failure mode was calculated by equations formulated in
previous clause. By the analysis using the result of unit
connection test and Eq. 2, 4, 6 and 8, the number of screw
was decided not to fail in panel-to-panel connection.
Three types of CLT wall were prepared as Fig. 5 shows.
Specimen S was made up by a single CLT panel and there
was no panel-to-panel connection. It has only brackets at
bottom and the brackets were installed at the corner of
CLT panel with 117.5 mm away from edge of panel.
Specimen D consisted of two CLT panels (1200 mm by
2400 mm, 90 mm thickness). The two panels were

igure
chematic iagram or loa ing apparatus or shear
all test a
o lateral supports at each ace in total ,
oa ing eam on top o test all or re erse loa ing, c
oa ing eam on top o test all at actuator si e

For the each type of CLT wall, two pieces of specimens
were prepared for monotonic test and cyclic test. The first
specimen for each wall type was tested by a monotonic
loading. Based on the result of monotonic loading test, a
protocol was defined by ASTM E2126 [11]. The second
wall specimen was tested by the CUREE protocol defined
by monotonic test result.
The loading beam was placed on the top of the test wall
as Fig 6 (a) shows. The beam held the both end lengthwisely to transfer cyclic load in both direction. Because
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there might have some tolerance between the shoe of
loading beam and test wall, a bolt clamping unit was made
at the end of the loading beam (Fig. 6b). By adjusting the
bolt, the test wall was tightly hold in the shoe of the
loading beam. For measuring global displacement, laser
displacement sensor was used as Fig 5 shows.
3.3 Pr di tion o
ha ior

n lo

ur

rom unit onn tion

For each CLT wall, the peak load for each mode was
calculated by the formulation with peak load of the unit
connection test (Eq. 2, 4, 6 and 8). Fig. 7 shows an
example of Wall B showing deformation for each mode
of Kinematic model. In case of Wall D, there is no mode
B-1 and B-2 because it did not have VE connection. Also
Wall S did not have mode B-1, B-2 or C, hence Wall S
has mode A only which is the same as Fig.1 (a). Out of
peak loads, the minimum load was determined as the load
resistance of the CLT wall (Eq. 10). Also, the failure mode
of the CLT wall was determined as the mode which
provides minimum peak load.

igure
eha ior o multiple-panel all accor ing to mo e
y inematic mo el a o e ,
o e - , c o e - ,
o eC

The maximum global displacement for the determined
failure mode were calculated by corresponding
displacement formulation (Eq. 1, 3, 5 and 7). To predict
the envelop curve of the CLT wall, 10 displacement steps
were defined based on the maximum global displacement
of the determined failure mode.
The global shear wall resistance would be governed by
weakest mode but the global displacement of CLT wall is
not caused by the determined failure mode only, but the
other mode would also affect the total global displacement.
Therefore, global displacements for the other mode have
to be calculated and added to the global displacement of
the failure mode (Eq. 11). At each displacement step, the
global displacements of the other mode under the global
force of each displacement steps were calculated.
For mode B-2, the local force at a connection under a
global force was calculated by inverse function of
formulae (Eq. 6). Under the local force at the connection,
the local displacement of the connection was calculated
by linear-interpolation of envelope curve for unit
connection. The global displacement was calculated by
geometry and local displacement for the connection (Eq,
5). By this procedure, the global displacement for mode
B-2 was calculated for each step.
In case of mode A, B-1 and C, the close form for inverse
function of Eq. 2, 4 and 8 cannot be made. Therefore, the
global displacement under a certain global force was
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calculated by solver (Microsoft Excel 2013). For each
step, this calculation was repeated and global
displacements by mode A, B-1 and C for each steps were
calculated by the solver and interpolation of envelop
curve for corresponding connection.
The total global displacement of the tested CLT wall for
each displacement step was predicted by Eq. 11.

4 RESULTS AND DISCUSSIONS
4.1 E
rim ntal r sults o CLT sh ar all and unit
onn tion t st
Four types of unit connection test were carried out. Fig. 8
and 9 and Table 1 shows the result summary and envelop
curve for each unit connection test.
Three different type of CLT shear wall were tested by
cyclic load. All CLT walls were failed by uplift force at
bracket. In case of wall B, small displacement at VE and
HE connections was found, but the VE and HE
connections did not fail until bracket failed. In case of wall
D, displacement was also found at HE connection as well.
But until the bracket failed, the HE connection did not fail
as well.

4.2 Validation o in mati mod l or CLT sh ar
all ontainin an l to an l onn tion
The proposed kinematic model was expected to be able to
simulate the envelope curves of the CLT shear wall
containing panel-to-panel connection. Firstly, based on
the envelop curves of unit connections, global peak loads
for the four different mode were calculated. As a result,
the failure mode for the all tested walls, was decided as
mode A (Failure by uplift force at bracket). The actual
failure mode was identical to the prediction of the
kinematic model which calculates peak load based on the
peak load of unit connection.
The global displacement was also predicted by Eq. 11. For
the prediction of global behaviour of CLT shear wall, the
global displacement at the top corner of the wall specimen
was compared with the prediction by the kinematic model.
Fig 10 showed the as-measured envelope curve and the
simulated envelope curve for Wall S, D and B. The
kinematic model showed very similar with the measured
envelop curve. From this result, it was concluded that the
proposed kinematic model can predict the shear behaviour
of CLT wall containing panel-to-panel connections.

Table 1 : Results o unit connection test

Type
Type of Related
of
Connection modea
stress

Peak
load
(N)

Displacement
at Peak load
(mm)

VE

B-2

5382

17.4

HE

C

6121

11.4

VE

B-1

4539

32.6

Bracket

A

58883

19.2

Shear

Uplift

Note : VE=vertically-extending connection , HE=Horizontallyextending connection.
a
This was defined in this paper (Eq. 1 to 9 and Fig. 1)

igure
n elop cur e o shear test or panel-to-panel unit
connection a
connection
ingle spline ,
connection ou le spline

igure
a

n elop cur e o upli t test al C R protocol
connection ingle spline ,
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re iction o en elop cur e y propose kinematic
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mo el a pecimen ,
pecimen , c pecimen

WCTE 2016 e-book | 5477

Table 2 : Comparison o peak loa
pre iction

et een measurement an

Peak load (kN)
Wall
Measurement Prediction
S

27.3

27.3

D

89.9

99.6

B

96.5

99.6

Difference
(%)
0
(0.0%)
-9.7
(-9.7%)
-3.1
(-3.1%)

Table 2 shows the comparison between predicted and
measured peak load of CLT wall S, D and B. The peak
load of Wall S was identical to the prediction. The Wall
D and B showed little bit lower peak load than the
prediction (Less than 10%). Nevertheless, the model
seems to predict the peak load with reasonable accuracy.
4.3 In lu n o
r orman

without large loss in peak load, even though small CLT
panels were used to make a CLT shear wall.
Fig 11 shows the kinematic model analysis on the
influence of panel-to-panel connection on global
displacement. The three walls, which have the same
dimension and the same boundary condition, were
simulated by the proposed kinematic model. The D2400
and B2400 have the same as Wall D and B. But the S2400
was made of a single large size CLT panel without panelto-panel connection. The D2400 had HE connection in
middle and made of small size CLT panels. The B2400
has both HE and VE connections in 2000mm height. For
the three CLT walls, the kinematic model provided the
same peak load because the failure mode would be the
same, Mode A: uplift of bracket. However, the global
displacement significantly increased as panel-to-panel
connections were added, as Fig 11 shows. This means that
the CLT shear wall made of small CLT panels can
deformed much more than the CLT wall made of a single
large panel. This increase of deformation indicates that
the small panels can be used to make a large CLT shear
wall without significant strength loss but structural
designer and code developer should consider deformation
of wall with meticulous care.

an l to an l onn tion on
o CLT sh ar all

The wall B does not have HE connection only, but also
have VE connection. The presence of VE connection in
wall B was the only difference with the wall D. In this
case, the peak load of wall B was high rather than wall D
(Table 2), even though wall B has VE connections
additionally. This indicates that the VE connection did not
make a significant effect on the peak load of the shear wall
in case that size of wall and the boundary condition in
bracket is the same.
Also the peak load of Wall B showed only 3.1%
disagreement with the prediction by the kinematic model
(Table 2). The peak load was predicted by Mode A only,
because Mode A was determined as the weakest failure
mode for the wall (Eq. 10). The formula of this mode is
exactly the same as the case of the CLT wall which is
made of a single CLT panel. The formula for the Mode A
was already validated by FPInnovations and Binational
Softwood Lumber Council [7] and also in this study it was
re-validated by the comparison of Wall S between
experiment and prediction. The small difference of 3.1%
for Wall B indicated that the Wall B is only 3.1% weaker
than the same size CLT wall made of a single CLT panel.
In other word, the HE connection of the Wall B also did
not make a significant effect on the load resistance.
In this study, the VE connection and HE connection were
originally designed not to fail in these connections. The
walls containing panel-to-panel connection did not fail in
the connection. Also the resistance was not very different
from the peak load for the mode A, which is the same
failure mode as the shear wall made of a single large panel.
This means that the CLT shear wall can be designed

igure
ig
lo al isplacement accor ing to presence
o panel-to-panel connection kinematic mo el calculation
ll test all has the same imension
mm in length an
mm in height an the same oun ary con ition in racket
all
has no panel-to-panel connection
all
has
connections in mi le
all
has
in
mm height an
connection in
mi le

CONCLUSIONS
The use of small CLT panels for making a large shear wall
requires many panel-to-panel connection. Additional
kinematic formulae for panel-to-panel failure were made
in this study. Using this formulae, the global displacement
and failure mode were predicted for the two CLT walls
containing panel-to-panel connection. The predicted
envelope curves showed a good agreement with the
experimental result.
It was investigated whether the shear wall made of small
CLT panels would have equivalent resistance with the
CLT shear wall made of a single large CLT panel, by
experimental and kinematic model analysis. The VE and
HE connections did not show a significant strength loss,
but the global displacement had increased as connections
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were added. This analysis indicates that the small panels
can be used to make a large CLT shear wall without
significant strength loss but deformation is much larger
than the wall made of a single panel. Therefore, careful
consideration on deformation is required.
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EVALUATE TEST METHODS ON BEARING PROPERTY OF WOOD PEG
CONNECTION
Gi Youn J on 1, Jin Hyu Kon

2

ABSTRACT: Wood peg connections have been used in traditional timber frame buildings in South Korea. Wood peg
connections were applied for connecting beam to column, column to column, and beam to beam. However, design values
for wood peg connection made from Korean wood species are not available. Although current design manual provides
design guideline for dowel-type connection, the bearing properties of different grain orientations of wood peg associated
with the orientation of main member still need for the wood peg connection design. This study was conducted to evaluate
the test methods in the determination of wood peg connection properties. Four different test methods from ASTM D 5764
(2013), Church and Tew (1997), Schmidt and Daniels (1999), and the current study were evaluated for bearing properties
of wood peg connection using digital image correlation (DIC). From the comparison of the test methods, the bearing
properties of differently oriented wood peg connections were evaluated using the current test method.
KEYWORDS: Digital image correlation, Wood peg, Bearing properties, Stress, Strain

1 INTRODUCTION 123
Traditional timber frame buildings have used wood peg
connections to connect beam to beam, column to beam,
column to column. Depending on where the connections
are used, different loading conditions are applied to the
main member and wood peg. Although the current design
guideline for dowel-type connection may apply for wood
peg connection, the bearing properties of wood peg and
wood peg connection associated with differently oriented
main member still need to provide. Therefore, in this
study, different test methods were compared to obtain the
reliable properties.
Previous studies including Church and Tew (1997),
Schmidt and Daniels (1999) and ASTM D 5764 (2013)
showed different test methods for wood peg connection.
Current study compared the three previous methods and
the new method in the determination of bearing properties
of differently oriented wood peg connections. To achieve
the goal, this study was divided into two phases. First
phase is to find a reliable method to determine bearing
properties of wood peg connection. Second phase is to
evaluate the bearing properties of differently oriented
wood peg connections considering orientation of main
member and wood peg, and diameter of wood peg.

Column
Wood peg

Mortise
Tenon

Beam

(a) column-beam connection

Beam

Wood peg

(b) beam-beam connection

1 Gi Young Jeong, Chonnam National University, South Korea
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2 Jin Hyuk Kong, Chonnam National University, South Korea,
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2.2 METHODS
(c) column-column connection
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eg Connection

2 MATERIALS AND METHODS
2.1 MATERIALS
Figure 2 shows differently oriented main members and
wood peg made of ash. Main member was 5-ply glulam
made of Japanese cedar. The first letter indicated the plane
perpendicular to the loading direction. The second letter
indicated the loading direction. Different diameters of
wood peg was fabricated from ash tree. Two different
wood peg grain directions including PA (parallel to the
load direction) and PE (perpendicular to the load direction)
were tested associated with the different orientation of the
main member. To evaluate a reliable test method for wood
peg connection, two different orientations of the main
member defined as the radial-longitudinal (RL) and
tangential-longitudinal (TL) and wood peg of 20mm
diameter were prepared.

R

TL

T

RT

TR

R
L

T

R

R

LR

Figure 3 shows the different test methods to evaluate the
bearing properties of wood peg connection. Figure 3a
shows ASTM D 5764, which applies the load directly to
the wood peg. Figure 3b shows the method used in Church
and Tew (1997), which applies the load to the main
member to avoid crushing of wood peg. Figure 3c shows
the methods suggested from Schmidt and Daniels (1999).
This method needs to conduct two separate bearing tests
for main member and wood peg. Load-displacement
curves from main member and wood peg were
analytically combined to calculate bearing properties of
wood peg connection. Figure 3d shows the method used
in the current study, which used the metal plate with a
semi cylindrical slot to prevent the crushing of the wood
peg. The load was applied to the main member.

L

L

RL

To evaluate the bearing properties of wood peg
connection, methods from ASTM D 5764, Church and
Tew (1997), Schmidt and Daniels (1999), and the current
study were conducted. Universal testing machine (UTM)
equipped with a 150kN load cell was used to apply
compression load. The load was applied until the load was
dropped 60% from the peak load. Digital image
correlation (DIC) was used to analyse the strain
distributions for the different test methods.

T

(a) ASTM D 5764

(b) Church and Tew (1997)

T

LT

L

(a) Main member
(c) Schmidt and Daniels (1999)
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(a) ASTM D 5764

(b) Church and Tew (1997)

(d) The current study

Figure 3: i erent earing test metho s

Figure 4 shows experimental test setup to determine
bearing properties of differently oriented wood peg
connection using the method in the current study.
Universal test machine equipped with a 150kN load cell
was used. To analyse strain distribution of wood peg
connection, a digital image correlation technique was
applied. Two CCD camera was mounted on a stereo plate
with the distance of 35 cm between two cameras. The
angle of camera was adjusted to see the same point of
view in the specimen. The distance between camera and
object was 50cm to provide enough field of view to
analyse the strain distribution of the specimen and clear
image. To obtain proper contrast, a LED lamp was used
to light specimen evenly.
The image was taken at a rate of 10 frame until the
specimen was failed or after yield. The resolution of the
image was 640×480 pixel. The pixel dimension was
7.4μm×7.4μm. Digital image correlation was conducted
using Aramis software (GOM).

Figure 4:

oo peg earing test an

C set-up

(c) Schmidt and Daniels (1999)

(d) The current study

Figure 5:
e ine
metho ologies

path

istri ution

o

e perimental

Figure 6 shows failure behaviours of wood peg
connections. There were four typical failures in main
member and three typical failures in wood peg. Figure 6a
shows main member failures including shear at the front,
split at the front, shear on the top, and crushing. Figure 6b
shows wood peg failure including wood peg buckling,
wood peg crushing, and earlywood densification.

Shear at the front

Split at the front

Figure 5 shows a path defining in order to analyse strain
values along the path directions. To analyze strain x, strain
y, shear strain xy along the path, one hundred data points
were defined along the path.
Shear on the top

Crushing

(a) Main member failure behaviours
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Earlywood densification

(b) Wood peg failure behaviours
Figure 7: rientations o main mem er an oo peg a main
mem er ailure eha iours
oo peg ailure eha iours
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Schmidt and Daniels
(1999)
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(2015)
Wood peg (PA)
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5
0

Wood peg (PE)

RL-PA

RL-PE

TL-PA

TL-PE

Main member and wood peg orientations

Figure 8: earing strength o i erently oriente specimen
e aluate rom i erent test metho s

Figure 9 shows load-displacement curves of wood peg
connection from different test methods. The loaddisplacement from ASTM D 5764 (2013) did not show
yield load due to the fact that the load applied directly to
wood peg including crushing and densifying wood peg
simultaneously, which created increment load continually.
The load-displacement from Church and Tew (1997)
showed yield load. The load-displacement curve from
RL-PA and TL-PA, and from RL-PE and TL-PE using the
method from Church and Tew (1997), the highest
difference was observed compared to the loaddisplacement evaluated from the other methods. The loaddisplacement curve from Schmidt and Daniels (1999) did
not show a distinctive difference by main member and peg
orientation. The results were due to the fact that the
method from Schmidt and Daniels (1999) used the loaddisplacement curves from main member and the loaddisplacement curve from wood peg and combined the
load-displacement based on the same displacement point.
When the load-displacement curves were combined, the

Load (kN)

Figure 8 shows bearing properties of differently oriented
specimens determined from different test methods. The
two solid lines indicated that bearing strength of wood
pegs in PA and PE. The highest bearing strength obtained
from Schmidt and Daniels (1999), whereas the lowest
bearing strength obtained from the current test method.
The most distinctive difference of bearing strength by peg
orientation were found from the current method. The
bearing properties from the other methods were found to
be similar. Compared to the bearing properties from
Church and Tew (1997), the bearing properties of RL with
PE were higher than the bearing properties of TL with PA.
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3.1 BEARING PROPERTIES DETERMINED
FROM DIFFERENT TEST METHODS

80

ASTM D 5764 (2013)

80

3 RESULTS AND DISCUSSION

Load (kN)

Crushing

Load (kN)

Buckling

load-displacement curve from main member controlled
the entire curve. Therefore, the results of the loaddisplacement curves from Schmidt and Daniels (1999)
would be similar as shown in Figure 9. The loaddisplacement curve from the current study showed the
highest difference by wood peg orientation. The loaddisplacement curve from RL-PA and TL-PA showed a
similar trend and the load-displacement curve from RLPE and TL-PE showed a similar trend.
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3.2 STRAIN DISTRIBUTIONS FROM DIC
Figure 10 shows the strain distributions of different
bearing tests. Figure 10a shows ASTM D5764, indicating
the strain concentration on the upper part of wood peg.
Figure 10b shows the strain distribution when the method
from Church and Tew (1997) was used. Although the
highest strain was observed in bearing area between main
member and wood peg, the high strain observed at the
bearing area between wood peg and main member. Figure
10c shows the strain distribution when the method from
Schmidt and Daniels (1999) was used. As it can be seen,
different high strain distributions were observed in
different locations for main member and wood peg. The
high strain distribution around bearing area occurred from
the main member. For wood peg in PE, the highest strain
occurred in the middle of the peg. Figure 10d shows the
strain distribution from the method suggested in this study.
The high strain distribution occurred around bearing area
between wood peg and main member.

(a) ASTM D 5764 (RL-PA, TL-PE)
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3.3 STRAIN MAGNITUDE ALONG THE PATH
Figure 11 shows the strain values of RL and TL along the
path from the different test methods using DIC. From
ASTM D5764, two peaks observed in the upper tip of
wood peg near a loading head and bearing area. From
Church and Tew (1997), the highest strain occurred at
bearing area. From Schmidt and Daniels (1999), the
highest strain occurred at the bearing area but showing the
lowest strain values compared to the other test methods.
From the current test method, the highest strain values
occurred at the bearing area around the bearing area.
Comparing the four different test methods, the current test
method showed the highest strain values around the
bearing area between the main member and wood peg.
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3.4 BEARING PROPERTIES OF WOOD PEG
CONNECTION EVALUATED FROM ASTM
D
4 2 13 , Chur h and T
1
, S hmidt
and Dani ls 1
, AND CURRENT TEST
METHOD 2 1
Table 1 shows bearing properties of wood peg
connections (RL-PA, TL-PA, RL-PE, TL-PE) determined
from the four different methods including proportional
limit load (PL), yield load (PY), and bearing strength (σb).
Comparing PL and PY from the different test methods, the
lowest PL and PY were observed from ASTM D 5764,
whereas the highest PL and PY were observed from
Schmidt and Daniels (1999). The lowest difference of the
bearing properties was observed regardless of main
member and wood peg orientation. Comparing bearing
strength of wood peg connection determined from the four
different methods, the bearing strength determined from
Schmidt and Daniels (1999) was higher than the other
methods, whereas the bearing strength determined from
ASTM D5764 (2013) was the lowest. Comparing the
bearing strength of wood peg connection from different
test methods with bearing strength of wood peg, bearing
strength values from RL-PE and TL-PE evaluated from
ASTM D 5764 were 15% and 19% higher than the bearing
strength of wood peg in PE. Bearing strength values from
RL-PE and TL-PE evaluated from Church and Tew (1997)
were 55% and 69% higher than the bearing strength of
wood peg in PE. Bearing strength values from RL-PE and
TL-PE evaluated from Schmidt and Daniels (1999) were
113% and 70% higher than the bearing strength of wood
peg in PE. Bearing strength values from RL-PE and TL-
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PE from the current test method were 6% and 4% higher
than the bearing strength of wood peg in PE. Since failures
of RL-PE and TL-PE occurred mainly in wood peg, the
difference between the bearing strength of wood peg
connection for RL-PE and TL-PE and the bearing strength
of wood peg should be small compared to the bearing
strength of wood peg in PE.
Table 1. Comparison of bearing properties according to each
methodologies

PL (kN)
P
A

PY (kN)
σb (MPa)

R
L

PL (kN)
P
E

PY (kN)
σb (MPa)
PL (kN)

P
A

PY (kN)
σb (MPa)

T
L

PL (kN)
P
E

PY (kN)
σb (MPa)

18.62
(0.28)1
33.96
(0.16)
14.94
(0.16)
15.70
(0.39)
29.85
(0.27)
13.13
(0.28)
19.24
(0.04)
37.87
(0.09)
16.62
(0.09)
19.76
(0.14)
29.64
(0.29)
12.95
(0.30)

Church
and
Tew
(1997)
29.59
(0.17)
45.08
(0.21)
22.40
(0.12)
23.07
(0.15)
37.21
(0.18)
18.94
(0.13)
24.41
(0.20)
37.04
(0.29)
18.71
(0.20)
22.55
(0.16)
33.19
(0.10)
16.51
(0.07)

Schmidt
and
Daniels
(1999)
38.54
(0.09)
54.80
(0.05)
24.04
(0.05)
38.86
(0.15)
51.76
(0.07)
23.29
(0.02)
38.71
(0.11)
53.52
(0.06)
22.63
(0.05)
35.14
(0.16)
49.70
(0.09)
18.59
(0.03)

The
current
study

Wood
peg

80

34.93
(0.06)
47.97
(0.10)
20.07
(0.09)
23.66
(0.14)
27.28
(0.10)
11.58
(0.12)
33.55
(0.08)
48.24
(0.11)
20.24
(0.11)
24.25
(0.12)
27.22
(0.14)
11.44
(0.14)

28.89
(0.05)
44.24
(0.04)
18.43
(0.04)
20.21
(0.19)
26.21
(0.34)
10.92
(0.34)
28.89
(0.05)
44.24
(0.04)
18.43
(0.04)
20.21
(0.19)
26.21
(0.34)
10.92
(0.34)

60

Coefficient of variation

0

When the main member orientation was RL and TL, the
bearing strength of wood peg determined the bearing
strength of wood peg connection, regardless of wood peg
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BEARING PROPERTIES OF DIFFERENTLY
ORIENTED WOOD PEG CONNECTIONS
EVALUATED FROM THE CURRENT TEST
METHOD

Figure 12 shows bearing properties of differently oriented
wood peg connections determined from the current test
methods. Bearing properties of wood peg connection with
four different diameters of wood peg, six differently
oriented main members and two differently oriented wood
pegs were evaluated. With an increment of peg diameter,
PL, PY increased regardless of main member and wood peg
orientations.
Comparing bearing properties of wood peg connection by
main member orientation, The higher PL and PY observed
in an order of RL, TL, RT, TR, LR, LT. Comparing
bearing properties of wood peg connection by peg
orientation, the higher PL and PY were generally observed
when wood peg orientation was PA. PL, PY from RL-PA
and TL-PA were about 37% higher than PL, PY from RLPE and TL-PE. PL, PY from LR-PA and LT-PA were about
10% higher than PL, PY from LR-PE and LT-PE. However,
PL, PY from RT-PA and TR-PA were about 2.5% lower
than PL, PY from RT-PE and TR-PE. Comparing bearing
strength of wood peg connection (σb) associated with peg
orientation, when peg orientation was PA showing 30%
higher bearing strength than PE.
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size. When the main member was RT and TR with PA,
the bearing strength of main member determined the
bearing strength of wood peg connection, regardless of
peg size. When the main member was RT and TR with PE,
the bearing strength of wood peg determined the bearing
strength of wood peg connection regardless of peg size.
When the main member was LR and LT, the bearing
strength of main member determined the bearing strength
of wood peg connection regardless of peg size.
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STRAIN VALUES OF WOOD PEG
CONNECTIONS ALONG A PATH

Figure 13 shows strain x, strain y, and shear strain values
of wood peg connection with peg diameter of 30mm at Py
from digital image correlation. Regardless of main
member orientation, higher strain values observed when
wood peg orientation was PE. All specimens showed that
the highest strain values occurred at the contact area
between wood peg and main member.
Figure 13a, 13b, 13c show strain x, strain y, and shear
strain values when wood peg orientation was PA. The
maximum strain x from RL, TL, RT, TR, LR, LT
observed 3.61, 10.11, 0.72, 10.88, 4.41, 6.86, respectively.
The maximum strain x from RL, TL, RT, TR, LR, LT
observed at the distance of the center of the wood peg 12.52mm, -15.80mm, -13.57mm, -15.71mm, -15.84mm,
-16.78mm, respectively. The strain y values were
stabilized after 30mm (1D). The maximum strain y of 23.95, -27.10, -19.52, -26.92, -14.94, -25.66 from RL, TL,
RT, TR, LR, LT observed respectively. The maximum
strain y from RL, TL, RT, TR, LR, LT observed from the
distance of -6.26mm, -4.21mm, -5.22mm, -4.18mm, 2.11mm, -6.30mm, respectively. The maximum shear
strain from RL, TL, RT, TR, LR, LT observed -24.16, 27.45, -19.57, -27.35, -15.24, -25.70, respectively. The
maximum shear strain from RL, TL, RT, TR, LR, LT
observed from the distance of -12.52mm, -15.80mm, 7.31mm, -15.71mm, -21.14mm, -16.78mm, respectively.
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-4.17mm, -6.34mm, -5.23mm, -6.35mm, respectively.
The maximum shear strain from RL, TL, RT, TR, LR, LT
observed -12.61, -35.46, -15.91, -13.56, -28.68, -23.38,
respectively. The maximum shear strain from RL, TL, RT,
TR, LR, LT observed from the distance of -12.77mm, 13.63mm, -12.64mm, -13.59mm, -7.28mm, 0mm,
respectively. When strain y values associated with the
distance, the end distance for wood peg connection with
PE was suggested to be 30 mm (1D).
Distance (mm)
-120

-100

-80

-60

-40

-20

0

a) Strain x values along the path from differently oriented
main members with PA
-100

-80

-60

-40

-20

0

30RL-PE
30TL-PE
30RT-PE
30TR-PE
30LR-PE
30LT-PE
Strain y

30RL-PA
30TL-PA
30RT-PA
30TR-PA
30LR-PA
30LT-PA

15
10
5
0
-5
-10
-15
-20
-25
-30
-35
-40
-45
-50

d) Strain x values along the path from differently oriented
main members with PE
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Figure 13d, 13e, 13f show strain x, strain y, shear strain
of wood peg connection when wood peg orientation was
PE. The highest maximum strain values were observed in
the contact area between wood peg and main member.
The maximum strain x of -12.33, -4.10, 4.47, -1.71, 4.11,
-4.17 from RL, TL, RT, TR, LR, LT observed respectively.
The maximum strain x from RL, TL, RT, TR, LR, LT
observed from the distance of -12.77mm, -13.63mm, 4.48mm, -15.50mm, -6.52mm, -11.90mm, respectively.
The maximum strain y from RL, TL, RT, TR, LR, LT
observed -16.11, -11.41, -42.43, -46.31, -34.48, -27.19,
respectively. The maximum strain y from RL, TL, RT, TR,
LR, LT observed from the distance of -4.18mm, -2.11mm,
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Table 4. Failure behaviours of differently oriented wood peg connections
Main member
orientations
RL
TL
RT
TR
LR
LT
Main member
orientations

1

RL
TL
RT
TR
LR
LT

Shear at the front
01, 02, 03, 04
0, 0, 0, 0
0, 67, 67, 67
100, 67, 67, 0
0, 0, 100, 33
33, 0, 67, 33

Shear at the front
0, 0, 0, 0
0, 0, 0, 0, 0
33, 33, 67, 100
33, 67, 67, 100
33, 33, 100, 33
100, 0, 100, 67

12mm, 2 16mm, 3 20mm, 4 30mm

3.

Wood peg orientation to the load, parallel to the grain (PA)
Main member failures
Split at the front
Shear at the top
Crushing
0, 0, 0, 0
0, 33, 67, 0
33, 33, 100, 0
0, 0, 0, 0
67, 0, 67, 0
67, 67, 67, 0
0, 0, 0, 0
100, 100, 100, 100
100, 67, 100, 100
0, 33, 0, 33
100, 100, 67, 0
67, 67, 100, 100
0, 0, 0, 0
100, 100, 100, 100
100, 100, 100, 100
0, 0, 0, 0
100, 100, 100, 100
100, 67, 100, 100
Wood peg orientation to the load, perpendicular to the grain (PE)
Main member failures
Split at the front
Shear at the top
Crushing
0, 0, 0, 0
0, 0, 0, 33
33, 0, 0, 0
0, 0, 0, 0
33, 33, 67, 33
0, 0, 0, 33
0, 0, 0, 0
100, 100, 100, 0
100, 100, 100, 100
33, 0, 0, 0
33, 67, 67, 0
100, 67, 100, 100
0, 0, 0, 0
100, 100, 100, 100
100, 100, 100, 100
0, 0, 0, 0
100, 100, 100, 100
100, 100, 100, 100

FAILURE BEHAVIORS OF DIFFERENTLY
ORIENTED WOOD PEG CONNECTIONS

Table 4 shows failure behaviour of differently orientation
wood peg connections. When main member was RL or
TL, wood peg was failed. Buckling was observed from
RL-PA and TL-PA, and earlywood densification was
observed from RL-PE and TL-PE.
When main member was RT or TR, main member and
wood peg were failed. For main member, split at the front,
shear at the top, crushing failures were observed
regardless of peg orientation. When peg orientation was
PA, buckling and crushing failures were observed from
RT-PA. When peg orientation was PE, earlywood
densification from 12mm, 16mm, 20mm diameter wood
pegs was observed. When main member was LR or LT,
shear at the front, shear at the top, and crushing failures
observed in the main member regardless of wood peg
orientation. However, there was no failure in wood peg
when main member was LR and LT.

4 CONCLUSIONS
In this study, different test methods were evaluated to find
an appropriate test method in the determination of bearing
properties of wood peg connections. When the bearing
test for wood peg connection was conducted based on the
current test method, the load-displacement curves were
highly different by peg orientation. The strain distribution
from the method suggested in this study showed the high
strain distribution occurred around bearing area between
wood peg and main member, which physically occurred
for wood peg connection under bearing. Failures of RLPE and TL-PE occurred mainly from wood peg and the
smallest difference in the bearing strength was found
between those for RL-PE and TL-PE and the bearing
strength of wood peg in PE when the current test method
was conducted. Different strain values and distributions
observed by the main member orientations. From the

Wood peg failures
Buckling
Crushing
67, 100, 100, 100
33, 0, 0, 0
100, 100, 100, 100
0, 0, 0, 0
0, 0, 33, 0
67, 0, 0, 0
0, 0, 0, 0
0, 0, 0, 0
0, 0, 0, 0
0, 0, 0, 0
0, 0, 0, 0
0, 0, 0, 0
Wood peg failures
Earlywood densification
100, 100, 100, 100
100, 100, 100, 100
67, 0, 100, 0
100, 100, 100, 0
0, 0, 0, 0
0, 0, 0, 0

strain distribution of 30 mm wood peg, strain values were
stabilized at 30mm distance of the centre of wood peg.
The current test method suggested in this study showed
reliable bearing strength and physically representative
strain distribution in wood peg connection.
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BUILDING A WOODEN HOUSE IN MÉXICO WITH CANADIAN SYSTEM.

Guadalupe Olvera1, Amparo Borja2, Roberto Machuca3.

ABSTRACT: The use of wood in the construction of houses is not very common in México, it is therefore very
important to provide strategies for the more frequent use of this material in construction. This paper describes the
construction of wooden house with a wood-frame method in an experimental field of Chapingo University in México.
This house was built to demonstrate the ease and speed of construction also this house was built in order to provide
accommodation to students doing practices in the University.
The house was built with wood pine, the foundation is of wood posts and wood floor trusses. Its external dimensions
were: 8, 54 meters x 6, 10 meters. This project is a clear example to be applied in the rest of the Mexican territory, since
the construction of wooden houses has multiple advantages both ecological and economic.

KEYWORDS: construction, wood, house.

1 INTRODUCTION 123
Much of the focus of green building is on reducing a
building’s energy consumption (such as better insulation,
more efficient appliances and heating, ventilation, and
air-conditioning systems) and reducing negative human
health impacts (such as controlled ventilation and
humidity to reduce mold growth). Wood has many
positive characteristics, including low embodied energy,
low carbon impact, and sustainability [1].
The wooden houses are usually long lasting. They are
also thermal and are easy to expand or modify quickly
and inexpensively.
The advantages of building with wood are: It uses
renewable materials, low energy consumption for their
generation, with wooden fixed CO2 from the
atmosphere, the greenhouse gas, carbon materials remain
a neutral or positive. It is made from parts with simple
techniques that can be manufactured in small
neighborhood shops, generating employment for local
labor [2].
1
Guadalupe Olvera, Universidad Autónoma Chapingo,
lupis_licona@hotmail.com
2Amparo Borja, Universidad Autónoma Chapingo,
aborja@correo.chapingo.mx
3 Roberto Machuca, Universidad Autónoma Chapingo,
robertov@correo.chapingo.mx

Wood-frame construction can incorporate dimension
lumber, engineered wood products and structural wood
panel sheathing into wall, floor and roof assemblies that
are robust, economical and fast to build [3].
The construction is simple hand tools and machines,
paying for self with single training. It is thermal houses
with superior insulation cold and heat than traditional
systems, resulting in lower fuel consumption and energy
savings in maintenance costs. Your speed of
construction, energy performance, and low maintenance,
ending in an excellent cost- performance relationship [4].
The advancement of technology and versatility of
materials, especially the range of plastics, concrete and
steel, has made it possible for building systems have
changed much in a few decades. Reduced use of wood
has not been oblivious to this fact. It has been almost
completely forgotten traditional knowledge about their
use, giving consequently its disrepute [5].

2 OBJETIVES
General objective:
Build a house of wood to demonstrate the feasibility and
ease of construction. Be based certifications that allow
the ultimate goal implementation in government housing
plans. Have a tangible model as a basis for future
endeavors in México.
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Specific objectives:
-Test the functional and economic advantages of decent
housing and durable wood.
-Collaborate in mitigating housing shortage and improve
the quality of life of people, especially the low-income
-Have a tangible model as a basis for future ventures
-Train students of the university in wood construction.
-Engage the government and entities in the construction
of wooden houses, as well as to individuals.

3 METHODS AND MATERIALS
For this project was based was as various previous jobs
related to wood of Eucalyptus grandis applied to housing
in Latin America (Argentina and Costa Rica) .In this
project we can distinguish the following stages with
clear targets:
1.

Building layout, design

For the design is considered the standardization of
materials and components to be integrated into the
project as well as all aspects of habitability to ensure
better living conditions for its occupants, incorporating
protection against moisture, insulation envelope, noise
protection and indoor air quality. [5].
According to the characteristics of each building
characteristics, should develop plans, specifications and
calculation reports for major projects such as:
• Sanitary facilities
• Gas installation
• Electrical installation
• Specialties
2.

Foundations, drainages and backfill,

A firm foundation, consisting of properly installed
footings of adequate size to support the structure, is
essential to the satisfactory performance of all buildings.
Such foundations fully utilize the strength and resilience
of wood frame construction. Where roots of trees are
removed during excavation or when building on filled
ground, the ground should be well compacted before
footings are installed or concrete is poured [6].
3.

Framing

Wood frame construction is the predominant method of
building homes in North America, enabling this nation to
have the world’s best housed population. Increasingly,
wood framing is also being used in commercial and
industrial buildings. Wood frame buildings are

economical to build, heat and cool, and provide
maximum comfort to occupants [6].
4.

Doors and windows

The doors and windows of a home play an important role
in various aspects. The surface (number and size),
orientation (location) and types affect the aesthetics,
natural light, view, ventilation, evacuation and energy
savings, among others. The high cost of this heading, in
case of replacing defective elements, the complexity of
installation to meet requirements demanded [5].
5.

Plumbing, heating, electrical and ventilation,

One of the advantages of the system of housing
construction with wooden structure, is to use free spaces
in any type of network to locate products and sanitary
plumbing, electrical and gas, which are required in every
home [5].
To ensure proper operation in each of the facilities, they
must be performed by qualified plan follow strictly the
quality management imposed by the principal or planner
technicians [5].
6.

Insulation, air system, vapour system,

For proper and efficient thermal insulation it is necessary
to know the availability of different insulating materials
on the market. Thus, the specification given by the
designer shall be adequate to achieve maximum
efficiency of the material and will be correctly
interpreted and installed by the manufacturer [5].
7.

Exterior and interior finishes,

After the structural work and placed coverings, both
indoors and outdoors with their respective finishes, must
solve the breaks and meetings of walls, floors, ceilings,
lintels, eaves and frames, among others, in order to [5]:
• Give a termination encounters between elements
• Cover the end and beginning of two different materials
that are contiguous
• Contribute to the decoration
8.

Paint, cabinets and fixtures,

9.

Landscaping.

Pre manufacturing activities: previous tests
While this is a house of social interest, not because it can
be thought that no technologies are applied, but instead
seeks greater technological foundation, with a particular
challenge as it is to think of possible as simple
technological alternatives and to provide the best cost /
benefit.
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For this project was based had as many previous jobs
related to wood of Eucalyptus grandis applied to
housing. On the one hand he had all the basics based on
physical and mechanical properties (National Institute of
Technology
IndustrialNational
Technological
University, in Argentina), and with regard to aspects of
implementation, it became important studies conducted
at the National Institute Agricultural Technology
(Argentina) on wood preservatives.
Pre manufacturing structures: walls
For pre manufacture of wall panels first wooden molds
(also can be made of metal), which are fabricated larger
than the panel as made, that is, the internal measure is
the outer extent of the panel, measurement was accurate
and precise for this diagonal for perfect squaring
verification was used.
Three basic types of panels were assembled: 1) blind
panel, 2) door panel and 3) window panel. There are also
sometimes windows bathroom where these measures are
smaller than the other windows (sometimes these are
foreseen in the work).
The panels for the houses were built based on trade
measures having the panel (plywood) this being 1.22 m
wide and 2.44 m long. Then the measurements are used
in multiples of 1.22 m wide.
Was common in work was completed with panels called
"adjustment" that often have standard measures, these
were assembled and placed in the work. In panels with
windows and doors, a (vain) hollow 3 to 5 cm width and
height of the door or window is left, that is, if the
average 100 cm wide window 150 cm high was allowed
a span of 103 cm x 153 cm. This gap is left in order to
fill expandable polyurethane foam as locking and sealing
the outside expansion also to facilitate leveling.
Pre manufacturing structures: Roofing
The trusses these were made in a wooden mold
(although it is recommended to use an iron mold). The
design is lattice truss type. For this wood 1 x 3 inches,
unbrushed was used, unite with 3-inch nails, through the
three tables.
For this house 8 trusses that are easily carried by two
people armed themselves.
This house whose foundation is made up of reticles
beams, it was necessary that these, like panels and
trusses arm themselves in the workshop, and later take
them to building site.
Construction of the foundation or basement

The first step in construction is to squaring the land
properly, it is important to be as accurate as possible, for
it is checked by measuring the diagonals.
The foundation piles, has the great advantage of being a
foundation of easy execution and speed, besides being
more economical than a concrete foundation.
Impregnated pine piles 1.2 m high and 18 cm in diameter
were used in the case of this project. They were placed at
a distance of 0.61 m. They settled with stone and
boulder. Was conducted opening strains with an
excavator drill, the depth of each of the strains was 80
cm.
Then with a spell level: Transparent water hose and a
mark made in each of the wood piles so that everyone
will be leveled and housing remained high at 30 cm from
the natural terrain.
The trusses are placed on wooden stilts. In the head of
each of the wood piles a small piece of repellent placed,
this in order to isolate from moisture to the beams. To
join the beams, tables one inch thick they were placed on
both ends of the beams.
In order to isolate the housing from moisture 200 micron
polyethylene on trusses and thereon, plywood boards 1,
22 m x 2, 44m and 18 mm thick it was placed.
Plywood was used to stiffen the housing (walls). Once
complete the housing proceeded to place the trusses at a
distance of 1, 22 m. for stiffening the roof plywood also
used.
Claddings
After installation of plywood exterior was coated with a
hydrophobic membrane permeable gas over the entire
area of the house. This barrier isolates the moisture
structure, that is, allows the passage of water vapor
inside but prevents water in the house.
Then, on the membrane wooden slats 0.5 inches thick
they were placed for 2 or 3 inches wide, which serve to:
a) support the permeable gas barrier, b) leave an air
chamber c) function as anchors for siding.
On the roof the hydrophobic insulation was placed, in
this case an aluminized membrane (isolant). Next, the
wood nailers 1" or ½" x 2"on the compensated nailers
installed on boards, in order to hold the membrane were
placed.
Finally wood nailers above the galvanized sheet was
installed, these are fixed by screws 2.5 inch and spiral
nails 4 inch.
Doors and windows
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It is necessary to seal the space left after placing the
window using some insulating element, in this case
expandable polyurethane foam, which solidifies in a few
the minutes very favorable results are obtained was used.

The house was built in experimental fields of the
Chapingo University in Texcoco, Estado de Mexico,
Mexico. Figure 1.

Internal insulation
For insulation acoustic thermos inside the frame and
supported on the boards stiffening panels glass wool was
placed in kraft paper then the entire interior of the house
was sealed with polyethylene 200 microns which has the
function of preventing step vapor condensation.
With the installation of polyethylene (vapor barrier),
strips of 1 "x 2" were placed both on the walls and the
ceiling, which function besides sustaining polyethylene,
is a support for the interior finish (MDF, gypsum, wood).
The slats were placed at a distance apart of 40 cm.
With the inside and sealed it began with the assembly of
the interior walls, once made the panels were placed on
trays guides, then the double top will amount to stiffen
hearth.
As for facilities for power cables and pipes they were
placed kitchen and bathroom.
Interior finishes: as innerliner and MDF wood was
placed vertically, in the rest of the housing plasterboard
placed, as in the ceiling. Finally, siding (1 "x 6") pre
painted is placed on wooden nailers in ascending order.

4 RESULTS AND ARGUMENT
Chapingo University is a public institution of higher
secondary education and higher charge of teaching and
research in agricultural and environmental sciences,
mainly focused on the development of rural areas.
Educational offerings provided by the institution of
education is high school level, undergraduate and
graduate. University is considered the most important
agricultural education in Latin America.

Figure 1. Location of the wooden house.
For its temperate climate and its height above sea level
the municipality of Texcoco has flora typical of these
regions. Thus we have on Mount Tlaloc species such as
Quercus, Abies, and other conifers like Pinus.
The house was built with wood Pine. Its external
dimensions were: 8, 54 meters x 6, 10 meters (Table 1.)
Table 1. Feature of the house.

Feature of the house

Quantity

Units

Area of the house

52,094

m2

wall area

71,443

m2

Roof area

54,9

m2

Ceiling area

52,094

m2

The design of housing components were made in Sketch
Up (Figure 2.).

Chapingo University, is located in the municipality of
Texcoco which is located in the eastern region of the
State of Mexico. Its geographical coordinates are 19.30 °
N, 98.53 ° W. It limits the north with the municipalities
of Tepetlaoxtoc, Papalotla, San Andrés Chiautla, and
Chiconcuac; south with Chimalhuacán, Chicoloapan,
and Ixtapaluca; west with Atenco; and Nezahualcoyotl,
and east with the states of Tlaxcala and Puebla.
Officially the municipality of Texcoco has a land area of
418.69 square kilometres. The altitude of the municipal
head is 2250 meters above sea level, an average
temperature of 15.9 ° C and an average annual rainfall of
686 mm.

Figure 2. Design of wooden house.
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The purpose of this house is to accommodation students
doing practice at the university. The house consists of a
kitchen, bathroom, living room, bedrooms, dinner and
office. In Figure 3 shows the distribution of
environments, as well as some interior and exterior
housing measures.

Table 2: Type of panels

Type of panel

Measure (m)

Quantity

External panel window

2,44

7 panels

External panel window

2,44

1 panel

External panel door

2,44

1 panel

External blind panel

2,44

1 panel

External trim panel

1,00

2 panels

External trim panel

1,22

2 panels

External blind panel

2,44

3 panels

Internal panel door

2,44

2 panels

Internal blind panel

2,00

1 panel

Internal blind panel

1,80

1 panel

Internal trim panel

0,50

2 panels

Figure 3. Distribution of environments.

8 trusses were assembled. For processing wood 1"x 3" x
8' is used. The following figure shows the dimensions of
the truss shown (Figure 4). Also the corresponding
panels (Figure 5, Table 2).and beams reticulated are
constructed (Figure 6).

Figure 4. Trusses.

Figure 6. Beams reticulated.

This system may be new to the region, but has hundreds
of years of development in countries that are among the
highest quality of life of the world, such as Canada and
the United States, where there are houses that longevity.
The importance of developing this type of construction
in Mexico, is that can have the self-construction, is the
process by which most of the poor people solve their
housing problem, and many houses are usually called in
social
interest (affordable housing) that offer many
national
institutions, are beyond the reach of lowincome people.
The experience of building houses Canadian type "wood
frame" salient concepts and considerations are [4]:
-Plan Step (coordinate with operators in different unions)
- Have the equipment and tools at the beginning
-Work square, level, and "mm"
-Everything is fragile but stiffens with unions
- Achieve the outer shell of the house as soon as possible

Figure 5. Panels.

-Dedication in insulations: comfort, maintenance, and
duration.
"Flexible to change Mentality”
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Define and build a sample comfortable, safe housing,
with enough space for the development of students, and
basically using an abundant raw material in the area:
pine wood, this housing will serve to give a faster
response (lower construction times) cheaper (less labor,
use of more affordable materials, etc.) while still being a
decent, safe and pleasant housing.
At the same time, this prototype will be used to adjust
details of construction and obtaining feedback,
suggestions of possible bidders, with a view to
implementing both housing schemes, as in the individual
construction, cooperative, and even self-construction.

[5] Zepeda, R. F. Construcción sostenible y madera:
realidades, mitos y oportunidades. Tecnología en
Marcha, 21(4), 92-101. 2008.
[6] Fritz, A., & Berdichewsky, K. Manual La
Construcción de Viviendas en Madera. Santiago,
Chile. CORMA. 2004.
[7] Standard, B. F. Comply with AF&PA's WCD
1,". Details for Conventional Wood Frame
Construction,". 2001.

5 CONCLUSIONS
The popular culture of brick and concrete is not easy to
change, although such housing should be taken as a
complement and not necessarily a replacement. The
construction must be planned carefully and with a very
tight work schedule, because the construction time is
very short and should involve workers from different
unions.
In Mexico developing proprietary systems that meet the
resources and characteristics of our environment is
necessary. So it is necessary to proceed gradually
starting with simple systems that can be built by
unskilled personnel and that also conform to traditional
characteristics.
To get that wood is used as an alternative material in
housing construction and look for systems adapted the
conditions of our environment, it is necessary to present
pilot programs to medium scale, thereby generating
models that allow studies on their feasibility.
In this paper a system cost for the construction of this
housing is not developed, which is much needed and
currently being carried out.
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MACHINERY OF WOODEN HOUSING INDUSTRY IN THE BRAZILIAN
STATE OF SÃO PAULO
Victor De Araujo1A, Maristela Gava2A, Juliano Vasconcelos3A, Elen Morales4A,
Paulo Alves5, Juliana Cortez-Barbosa6A, Marcos Tadeu Gonçalves7, José Garcia8
ABSTRACT: Despite the promising future to industry in Brazil, most production sectors still suffer with the access to
newer industrial technologies. Some very specific and limited incentives have been offered by the local Government to
stimulate these companies. However, the forestry-timber sector hardly has access them, due to the several barriers and
bureaucracies. Together with other factors, it is a visible reason to the lack of the renovation of their production lines, as
well as the improvement of their industrial technologies. Industrial parks with modern technology contribute directly to
products which better quality, and it could be a favourable way to the Brazilian development in industrial aspect. For
that reason, it is important to perform studies to stimulate this sector. This study aims to verify the situation of the
timber machinery of the wooden housing manufacturers in the Brazilian State of São Paulo. It was realized through a
survey applied directly to the companies’ owners. This work revealed that the largest share of these companies of São
Paulo State presented update equipment to produce wooden houses. Nevertheless, these companies still could improve
the technology of their manufactures with robotic and automated machinery, looking for a better productivity.
KEYWORDS: Industrial equipment, Timber Industry, Wooden Houses, São Paulo State

1 INTRODUCTION123
Brazil is among the largest woodland area worldwide,
whereas São Paulo concentrates remarkable planted
forests. For that reason, the timber industry of this State
has a great importance in the national scenario, together
with other States such as Paraná, Santa Catarina, Minas
Gerais, and Rio Grande do Sul.
In 2012, sustainable forest production of logs in Brazil,
in particular of Pine and Eucalyptus forests, reached an
estimative slightly below 180 Million of m3/year [1].
In contrast, the production chain of timber products from
native forests contributed with 4.5% of the Brazilian
gross national product in 2002 [2]. In this period, the
timber industry contributed with 2% of this value [3].
A
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Through this noticeable index, it is noted that the timber
sector has a great growth potential, because this activity
is based on a raw material with high level of renovation.
Despite this significant numbers, forest-timber sector in
Brazil is technologically outdated, because of problems
related to the low investment in efficient technologies by
the investors, lack of government incentives, etc.
Another difficulty which could be enumerated is the lack
of information about the machinery for woodworking, in
particular for the processes about timber machining to
goods with aggregated value, for example, construction,
furniture, etc.
Thus, for a sustainable development policy to this sector
is entirely necessary the data mining about the current
conditions of all the direct actors.
Through this demand, this study aimed to verify the
situation of the timber machinery of the wooden housing
manufacturers in the Brazilian State of São Paulo.

2 LITERATURE REVIEW
2.1 WOOD
Wood is the oldest material for building because of its
abundance, high availability and easy workability [4]. It
is very user friendly and versatile, commonly used for as
many as 100,000 different products [5].
Timber as a building material is positively associated
with well-being, eco-friendliness and aesthetic, which
are important factors in the choice of a building [6].
Few construction materials have environmental benefits
offered by wood [7].
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In Latin America, there is a widespread prejudgement
against the intensive utilization of wood in construction
for residential purposes, which is based on the misuse of
the wood and the inherited tradition of the Spanish and
Portuguese colonizers [8].
2.2 BRAZILIAN INDUSTRY
Industry is one of the most important sectors for any
economy. In Brazil, it represents about R$ 972 Billion
[9], or about 23% of its gross national product (GNP).
In spite of this considerable number, this Brazilian sector
still can develop itself and conquer more space in the
national and international markets.
In this segment [10], there is a potential market of large
proportions, whereas the machines installed in Brazil
have average obsolescence superior than 17 years of use.
They are previous generation equipment with low energy
efficiency, fact which will require a redirection of the
country’s investment for the next years [10].
In relation to São Paulo, it is the most developed region
in industrial sector. Its industry produces the major GNP
among all the Brazilian States, contributing with R$ 304
Billion or 31.3% in national level, as well as it represents
22.5% of the Industrial Gross State Product [9].
2.3 FOREST-TIMBER INDUSTRY
Brazil developed a complex production structure in the
forestry sector, due to their native forests, the worldwide
importance of cellulose and paper industry and their pine
and eucalyptus areas, and the relationships among the
producers of machinery, materials (inputs), engineering
projects and forest products industries [11]. Table 1
shows the Brazilian forest-timber chain indexes in 2012.
Table 1: Indexes of the Brazilian forest-timber chain in 2012

Indexes
GDP (in Billion US$)
Exports (in Billion US$)
Surplus (in Billion US$)
Number of Companies
FBI

FBI
33.10
9.0
6.9
81,200

MPWI
7.30
1.66
1.57
58,200

: forest-based industry; MPWI: mechanically processed wood
industry (packages, prefabricated houses, windows and doors,
cellulose and paper, panels, lumber, furniture, and other goods)
Source: adapted from [12]

In 2012, Brazil generated about 1.94 million jobs (Table
2) exclusively for forest-timber industrial chain.
Table 2: Job generation of forest-timber chain in 2012

Segment
Silviculture
Charcoal
Wood
Furniture
Cellulose & Paper
Total

Source: adapted from [1]

Direct Jobs
139,614
14,956
196,536
113,418
156,988
621,502

Indirect Jobs
569,194
157,036
147,395
85,064
361,073
1,319,762

São Paulo presents similar situation in forest sector, but
together with the three Southern Brazilian States (Rio
Grande do Sul, Santa Catarina and Paraná), its foresttimber industry also has some representation in the local
economy.
In 2012, São Paulo presented a forestry planted area of
Pine and Eucalyptus about 1.2 Million of hectares, which
characterizes this Brazilian state as the second largest
silvicultural producer, merely behind Minas Gerais and
ahead of other 25 States, including the three Southern
Brazilian States known by their forestry productions [1].
Nevertheless, despite this relevant data, the forest-timber
sector is not cohesive, especially because of the lack of
associations and or groups to agglutinate all the actors of
this production chain. In particular, this situation is also
frequent in all Brazilian States, including São Paulo,
with few exceptions in some stronger groups such as
cellulose and paper, panel, and furniture.
The partnership and good understanding with the private
sector are important to the success of any process of
industrialization [13]. For these reasons, the integration
among these companies and the realization of studies
focused on the improvement and the data mining of this
sector are completely interesting to the future sustainable
development of all the forest-timber production chain.
The definition of dependency relationships between the
manufacturing system responses and the variables that
contribute to its efficiency helps to identify technological
factors responsible for the wood misuse and its better
solution to achieve competitiveness and sustainability of
the activity [14].
Furthermore, the government must act as a facilitator of
the process, offering to the entrepreneurs the favorable
conditions for industrialization projects, and these
investors really need to invest in the modernization of
machinery and tools, modern production technologies
and labor qualification [13].
2.4 INDUSTRIAL MACHINERY FOR WOOD
The knowledge of wood properties and their behaviour
during the machining process is important for the correct
use, as well as the best selection of species and the good
sizing of the machines and tools used in this stage [15].
In relation to the wood cutting procedures, it could be
divided in [16]:
a) System: execution mode of the process, e.g.,
manual, automatic, etc.;
b) Process: type of process to modify the shape or
composition of wood, e.g., drying, machining,
preservation, gumming, etc.;
c) Operations: transformation of wood shape in a
specific process, e.g., wood logging, sawing of
boards, etc.
Then, the wood log cutting operations could be classified
as [16]:
a) Harvest: tree basal cutting, followed by the log
delimbing of branches and a subsequent cutting
in standard dimensions [16];
b) Debarking: is the removing of the portion of the
log barks [16]. It can be realized through axes,
rotating drum system, ring peeler and cutting
cylinder peeler [17];
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c)

Cutting: it is the longitudinal cutting of wooden
logs, with or without bark, for the production of
beams, blocks, rafters, joists, slats, etc. [16];
d) Lamination: is the process of obtaining laminas
through the wood lamination in saws, lathes or
laminators [17];
e) Particle production: it is the disintegration of
wood in particles [16]. In this process the wood
is processed to obtain chips through logs, trims,
pieces, waste rolls of lamination, etc. [17];
f) Machining: is a series of operations to produce
lumber, which can be classified according to the
equipment and tooling [16].
The wooden houses production is strongly based on the
machining of timber parts for structural elements and
components. For traditional wooden techniques (postand-beams, log-homes, clapboard and wainscot, double
wall of nailed clapboard, and horizontal clapboard) the
cutting operations are related to the lumber production.
And for modern techniques (woodframe and modular),
these operations are focused on the machining of boards
and beams and other wooden composites.

Table 3: Machinery groups and respective examples

Categories
Hand tools

Portable equipment

Machinery
Heavy machinery

Automated/robotic

Examples of Equipment
Hand saws, bucksaws, hammers,
pointers, pliers, chisels, gouges,
drawknives, planes, wedges, rip
saws, adzes, axes, jacks, clamps,
mitre boxes, bradawls, etc.
Pneumatic nailers, electric screw
drivers and drillers, rotary tools,
manual circular saws, chainsaw
mills, jigsaws, routers, etc.
Table routers, table saws, profile
millers, panel saws, surface and
thickness planers, sanders, etc.
Drying kilns, hydraulic presses,
wood turning lathes, overhead
cranes, cranes, band saws, multiblade saws, etc.
Molders, feeders, CNC routers,
robotic tables (fastening, drilling
and assembly), etc.

3 MATERIAL AND METHOD

Source: adapted from [18]

3.1 MATERIAL

The figures 1 to 5 illustrate the woodworking equipment,
such as hand tools, portable equipment, machinery,
heavy machinery and automated or robotic machinery,
respectively

For this study, the materials used in this paper were:
a) Wooden housing manufacturers: located in São
Paulo State, these respective companies were
the study object for this research. They were
represented by their owners, business associates
or their respective direct partners;
b) Evaluation forms: printed in paper, they were
used to count and register all the information
and data shared by these companies.
3.2 METHOD
Firstly, a deep survey was conducted to prospect all the
wooden housing companies established in the Brazilian
State of São Paulo, whereas currently there is no specific
association of this particular sector.
Through a similar methodology used by [18], it was
realized an information collection in loco with these
companies, and their respective owners.
This step was based on an interview [18] by means of
the evaluation forms, which were subdivided in two
particular questions:
a) Obsolescence estimation of the machinery used
in the wooden housing production;
b) Size verification of this industrial equipment.
In relation to the machinery sizes used in the housing
production, they were subdivided in five groups, which
are organized in Table 3.
Finally, it was performed a statistical analysis suitable to
this type of research. Likewise in most surveys, a simple
random sampling analysis was applied in the evaluated
data to obtain a margin of error of this study, calculated
by Raosoft [19]. A margin of error is expressed between
the research sample analysed and the total estimated
population. The used confidence intervals are 90%, 95%
and 99%. Therefore, a considerable margin of error must
be located within these intervals (10%, 5% or 1%).

Figure 1: Hand tools for woodworking
Source: adapted from [20] Author: Charles H. Hayward

Figure 2: Examples of portable equipment
Source: adapted from [21]
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Vargem Grande Paulista, Bragança Paulista, Piracicaba,
Embu, Sorocaba, and São Paulo (capital city). Through a
simple random sampling of these 31 companies located
at the São Paulo State, it was checked the margin of error
(Table 4) to the confidence interval of 95%. Then, the
verified margin of error (about 7%) was close to ideal of
5%; which was calculated by the software Raosoft [19].
Table 4: Simple random sampling of the evaluated wooden
housing producers at the São Paulo State

Figure 3: Example of machinery
Source: adapted from [22]

Total Population
Total Samples
(number of companies)
37
31

Margin of Error
(percentage)
7.19

4.1 OBSOLESCENCE
Initially, it was observed in this study that all the timber
companies rarely have detailed information about the life
service of their machines. The companies’ owners hardly
stimulate the creation of database for all the machinery.
Many companies do not perform periodic maintenance,
impeding an accurate evaluation of its obsolescence.
Thus, the obsolescence estimation was realized to verify
the conditions of the machinery of the wooden housing
producers in the São Paulo State.
The service lives of industrial machinery vary according
to their sizes, activities and operation sites. The table 5
shows the service lives for machinery applied in the
industrial applications.
Figure 4: Example of heavy machinery
Source: adapted from [23]

Table 5: Service lives related to housing manufacture

Service Goods
Power tools
Construction equipment and machinery
Handling equipment
Industrial machinery
Metalworking machinery (saws, routers)
Source: adapted from [25].

Figure 5: Example of automated and robotic machinery
Source: adapted from [24]

4 RESULTS AND DISCUSSION
It was verified that 37 wooden housing companies are
dispersed in the São Paulo State in 2016.
Through this verification, this study reached 31
producers of this list, which are located in 20 cities:
Campinas, São Carlos, Avaré, Boituva, Itatiba, Salto de
Pirapora, Capão Bonito, Taquarivaí, Santa Isabel,
Atibaia, Arujá, Várzea Paulista, Suzano, São Manuel,

Service Life
(years)
10
10
16
16
16

Figure 6 indicates the percentage of the companies in
São Paulo State according to a general estimative of the
obsolescence period of all the machinery used by them
in their production lines to manufacture wooden houses.
For this, six levels were created to classify the average
age of the machinery such as:
a) Less than 1 year old of utilization;
b) Between 1 to 3 years old of utilization;
c) Between 3 to 5 years old of utilization;
d) Between 5 to 10 years old of utilization;
e) Between 10 to 20 years old of utilization;
f) Over than 20 years old of utilization.
Another category was created to point out all company
which do not share information for this study.
Nearly 60% of these timber manufacturers presented
machinery obsolescence within a range of 1 to 5 years of
use. If these obsolescence estimations are compared with
the service lives described in Table 5, this situation can
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reveal that most companies have update machinery in
their production lines. But an important consideration is
that these are not necessarily high-tech machines, i.e.,
they are only recent equipment.
3%

3% 3%

13%

< 1 year old
1 to 3 years old

13%

3 to 5 years old
23%

5 to 10 years old
10 to 20 years old

23%

20 to 30 years old
> 30 years old

19%

Figure 6: Percentage of the wooden housing producers of the
São Paulo State for the machinery obsolescence level

On the other hand, less than 20% of the evaluated
companies have obsolete machinery, in particular over
than 20 years of utilization – index above all of service
lives suitable for the service goods related to housing
manufacture, according the prescribed by Table 5.
In relation to the number of companies mentioned in the
Figure 6, the Figure 7 indicates for each range evaluated.

This aspect is slightly different in sawmills, whilst they
do not have frequent practices of renovation in their
production lines, especially because the logging is an
activity with coarse products.
An important factor which coincides with this delay in
the machinery update could be related with the higher
acquisition costs of the machines for woodworking
activities.
In general, the largest share of these companies of São
Paulo presented actual equipment to produce wooden
houses. In the same Figure 7, it could be verified that 24
companies are located among the first four consecutive
ranges of “less than 1 year old of use” up to “5 to 10
years of use”. It reveals that among the companies of the
wooden housing sector in São Paulo, about 65% of them
present actual machines.
4.2 SIZE
Figure 8 highlights the percentage of wooden housing
companies in São Paulo in relation of the utilization of
machinery and respective size category.
100%
90%
80%
70%
60%

8

50%
7

40%
30%

6

20%
5

Not Informed

> 30 years old

20 to 30 years old

10 to 20 years old

5 to 10 years old

3 to 5 years old

1 to 3 years old

Not Informed

Figure 8: Percentage of wooden housing companies according
to the machinery utilization
< 1 year old

0

Automated and Robotic

1

Heavy Machinery

2

Machinery

3

Portable Equipments

0%

4

Hand Tools

10%

Figure 7: Number of the wooden housing producers of the São
Paulo State for the machinery obsolescence level

Fortunately, only two companies are in the ranges of “20
to 30 years old of use” and “over than 30 years old”.

Through Figure 8, it could be verified that around 97%
of the companies evaluated have in their production lines
hand tools and portable equipment, which are entirely
indispensable for simple labor, e.g., cutting and adjust
stages, installations, assemblies, etc. This situation was
similar in Paraná State evaluation [18], whereas that the
companies always use manual circular saws, which are
very important for the cutting adjust of wood parts.
Moreover, about 75% of companies of São Paulo have a
massive use of machinery with regular size, i.e., routers,
table saws, surface and thickness planers, etc.
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It revealed a larger number if it is compared with Paraná,
whereas this Southern Brazilian region presented a
number 10% lower than São Paulo [18]. The same
situation was present in the heavy machinery, where São
Paulo has about 32% of this machinery size versus about
20% for Paraná. These two levels could be answered by
the major level of industrialization of São Paulo.
Lastly, São Paulo also presents a visible level of robotic
and automated machinery, because almost 13% of the
companies have this kind of equipment. It is very similar
to Paraná [18], which revealed a level about 17%. In
these two State regions, this high-tech machinery is
exclusively related to woodframe producers, whereas
they produce homes with high levels of rationalization.
Through the five categories created to group the size of
industrial equipment in the wooden housing companies,
it was possible to identify the size machines according to
the building technique produced by them (Table 6).

×
×
×
×
×
×
×
×
×
×
×

×

×

×
×
×
×
×

×
×
×
×
×

×
×
×

×

×

×

×
×
×

Not Informed

×
×
×
×
×
×
×
×
×
×
×
×
×
×
×
×
×
×
×
×
×
×
×
×
×

Automated
and Robotic

×
×
×
×
×
×
×
×
×
×
×
×
×
×
×
×
×
×
×
×
×
×
×
×
×

Heavy
Machinery

Machinery

HC

Portable
Equipment

1 HC
2 NC
3 HC
4 HC
5 HC,PB
6 MO
7 PB,WF
8 LH
9 HC
10 CLT
11 PB,LH
12 HC
13 HC
14 HC
15 PB
16 HC,PB
17 WF
18 WF
19 MO
20 PB,LH
21 CW
22 HC
23 HC,PB
24 WF
25 MO
26 PB,WF
27 HC
28 WF
29 HC,PB
30 HC
31 WF

Hand Tools

Companies /
Techniques

Table 6: Type of machinery used by company

×
×
×
×

×

×

×

×

×

×

×

×
×
×
×

×

: horizontal clapboard; PB: post-and-beam; WF: woodframe;
LH
: log-home; CW: clapboard and wainscot; CLT: CLT modular;
NC
: nailed clapboard; MO: modular for workers of building sites

Most of these wooden housing companies do not have
heavy and or automated and robotic machinery in their
productions or assembly lines, fact which indicates a
great potential of technological improvement (Table 6).
It is because many of these companies still present craft
productions, which use hand tools, portable equipment
and simpler and smaller machines, justified by their
compact manufactures.
Nevertheless, the small production of wooden housing
cannot be an impediment to access modern machinery,
whereas the insertion and or improvement of these hightech machines could reduce the production factors of
time, waste and costs, as well as improve the quality and
productivity of the beneficiation and production stages
after forestry harvesting (machining, cutting, sanding,
finishing, etc.).
In contrast, four wooden housing producers of São Paulo
State already possess advanced equipment, which use the
automation and or robotics in their assembly line. Each
of these companies offers a different wooden housing
technique, emphasizing that independently of building
technique the production can be technologically refined.
It is a clear scenario that some small Brazilian industries
are already advancing to modern technologies for the
production of rationalized wooden housing. Moreover,
among these four particular examples, the companies 10,
15, and 31 also produce their raw material for the house
production. In this case, the wood-based composites
produced are respectively the cross-laminated timber,
glued laminated timber, and plywood. Particularly, the
CLT boards do not have a Brazilian supplier, forcing the
company 10 to produce their own panel. Exceptionally,
the company 26 did not want to share this particular
information about its machinery.
Generally, the low mechanization of timber activities in
Brazil is due to an old culture, which is based on the
production of simpler goods with low investment.
It is justified by Vital [26], which elucidates that timber
sawmills are frequently industries with lower financial
capitals and mismanagement, as well as they use poor
condition and obsolete machinery.
The conservation status of the equipment favours more
production to some sawmills, while others are inefficient
and uneconomical, which contributes to a large amount
of by-products [26]. These features restrict the sawmill
market, enabling only a range of low-added value goods,
which limits the economic success of this sector [27].
Thus, if this scenario is compared with Europe or North
America, it could be verified that São Paulo’s industry
still persists in the utilization of older machinery for
forest-timber activities. In short, 20% of these companies
have machinery with 10 years or more, characterizing
the use of older technology machines. Whereas the São
Paulo concentrates the most industrial and also the most
advanced State region in Brazil, unfortunately the other
Brazilian regions and the Brazil’s average are well below
of this industrial level. This could be checked due to the
low presence (13%) of automated and robotic machines.
Polzl et al. [28] states lumber segment has a considerable
socio-economic contribution, and therefore, subsidies for
production performance can make it more efficient and
competitive in domestic and international markets.
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Thus, both the São Paulo’s “Economic Development,
Science, Technology and Innovation Department” and
the Brazilian “Ministry of Development, Industry and
Foreign Trade” should encourage the renewal of the
machinery of this important industrial chain in regional
and national scales. This renovation of the forest-timber
chain could be realized with the creation of newer plans
and assertive public policies, stimulating the high
technology access from the nations with higher tradition
in forest-timber industry.

5 CONCLUSIONS
With respect to the obsolescence topic, the most wooden
housing companies from São Paulo State present update
equipment, whereas around 60% of these producers have
machinery with five years of use or less.
Nevertheless, it could not be a good aspect, whereas
these equipment technologies cannot always be the best
solutions.
This fact could be related to the size and consequently
the technology of the equipment used in the production
of these wooden houses, because newer larger machines
usually spend and have more technological progresses.
Even so, the cost of high-tech machines cannot be a big
problem to small companies, whereas four companies
already produce wooden housing using automated and or
robotic stages.
In comparison with Paraná, studied by [18], São Paulo
has also a good level of industrialization with actual
equipment in more than half of the evaluated companies.
In relation to the size, São Paulo State has a significantly
number of larger equipment, described by the heavy
machinery.
Lastly, São Paulo State and Brazil still demand assertive
public policies for the machinery update. This renovation
would contribute to the increasing of process efficiency
and a lower generation of wood waste.

ACKNOWLEDGEMENT

The authors are grateful for the support of all the wooden
housing producers contemplated in this research, as well
as the Forest Sciences Department of ESALQ-USP and
Research Group LIGNO of UNESP-Itapeva.
This study is a side view derived from the PhD thesis,
authored by Victor Almeida De Araujo, which will be
submitted and presented up to mid-2017, revealing the
current situation and extension of the wooden housing
production sector in Brazil. This PhD research received
financial support from CAPES (Coordination of Higher
Education Level Personnel Training), a government
agency from Brazil.

REFERENCES

[1] ABRAF: Anuário Estatístico da ABRAF: ano base
2012. ABRAF, pages 1–146. Brasilia, Brazil, 2013.
[2] R. Noce, M. L. Silva, R. M. M. A. Carvalho, and T.
S. Soares: Concentrações das exportações no
mercado de madeira serrada. Revista Arvore,
29(3):431–437, 2005.

[3] ABIMCI: Produtos de Madeira Sólida: estudos
setoriais. ABIMCI, Curitiba, Brazil, pages 1–67,
2003.
[4] W. Pfeil, and M. Pfeil: Estruturas de Madeira, pages
1–241. LTC, Rio de Janeiro, Brazil, 2003.
[5] W. R. J. Sutton: Wood – The World’s Most
Sustainable Raw Material. N.Z.J.For., 55(1):22–26,
2010.
[6] S. Gold, and F. Rubik: Consumer Attitudes Towards
Timber as a Construction Material and Towards
Timber Frame Houses-Selected Findings of a
Representative Survey Among the German
Population. J. Clean Prod., 17(2):303–309, 2009.
[7] R. H. Falk: Wood as a sustainable building material.
In: Forest Products Laboratory, editor, Wood
Handbook – Wood as an Engineering Material,
pages 1-6. Forest Products Laboratory, MadisonWI, United States, 2010.
[8] G. J. Zenid, and A. D. C. Costa: Grupamento das
Madeiras Serradas Empregadas na Construção Civil
Habitacional na Cidade de São Paulo. Proceedings
of the 7th Encontro Brasileiro em Madeiras e em
Estruturas de Madeira (EBRAMEM), 12p. 1997.
[9] Confederação Nacional da Indústria (CNI): Perfil da
Indústria nos Estados 2014. CNI, Brasília, Brazil,
pages 1–214, 2014.
[10] Confederação Nacional da Indústria / Associação
Brasileira de Indústria de Máquinas e Equipamentos
(CNI/ABIMAQ): A indústria de Máquinas na Era da
Economia Verde. CNI/ABIMAQ, Brasilia, Brazil,
pages 1–44, 2012.
[11] F. S. Sampaio, and M. S. Mazzochin: Espacialidade
da Economia: Inovação e Estratégias Espaciais no
Setor de Base Florestal Brasileiro. R. Ra’E Ga,
20:53–65, 2010.
[12] ABIMCI: Estudo Setorial 2013: ano base 2012.
ABIMCI, Curitiba, Brazil, pages 1–127, 2013.
[13] E. A. Ceni: Modelo para análise de custos nos
processos de beneficiemento da madeira. Master’s
Thesis. Federal University of Paraná, pages 1–215,
2003.
[14] F. C. Lucas Filho, and L. Boehs: Planejamento do
Sistema de Fabricação em Indústrias de Móveis.
Proceedings of the 3rd Congresso Brasileiro de
Engenharia de Fabricação (COBEF), 6p. 2005.
[15] F. C. Lucas Filho: Análise da Usinagem da Madeira
Visando a Melhoria de Processos em Indústrias de
Móveis. PhD Thesis. Federal University of Santa
Catarina, pages 1–176, 2004.
[16] M. T. T. Gonçalves: Processamento da Madeira.
Document Center Xerox, Bauru, Brazil, pages 1–
242, 2000.
[17] S. Iwakiri: Painéis de Madeira Reconstituída. Fupef,
Curitiba, Brazil, pages 1–247, 2005.
[18] V. A. De Araujo, J. S. Vasconcelos, J. CortezBarbosa, M. Gava, P. R. G. Alves, J. C. S.
Vasconcelos, M. T. T. Gonçalves, and J. N. Garcia:
Maquinário na Indústria de Casas de Madeira do
Estado do Paraná – Porte e Obsolescência.
Proceedings of the 5th Congresso Florestal
Paranaense: novas tecnologias florestais, 7p. 2015.

WCTE 2016 e-book | 5501

[19] Raosoft: Raosoft Sample Size Calculator. Raosoft
Inc.,
Seattle-WA,
United
States,
2004.
http://www.raosoft.com/samplesize.html
[20] C. Schwarz: Tools for Woodwork. In Popular
Woodworking Magazine, issue 15, pages 28–29.
F&W Publications, United States, 2008.
[21] Tool HQ: Makita Tool Company. 2011.
http://blogtemp.toolhq.com.au/makita-toolcompany/
[22] P. A. Houck: Tablesaw fence extension supports a
full sheet of plywood. In Fine Woodworking, pages
1-2. 2009. www.finewoodworking.com/FWNPDF
free/tablesaw-fence-extension.pdf
[23] Nyle Systems: Dry Kiln Solutions For the Lumber
Industry. 2015. lumber.nyle.com/medium-dry-kilnsystems
[24] Redsail Brasil: CNC Woodworking Router. 2015.
http://www.redsail.com.br/cnc-wood-router.htm
[25] United States Department of Commerce – Bureau of
Economic Analysis: Fixed Assets and Consumer
Durable Goods in the United States, 1925-99. U.S.
Government Printing Office, pages 1–380,
Washington, United States, 2003.
[26] B. R. Vital: Planejamento e operações de serrarias.
UFV. Viçosa, Brazil, 2008.
[27] D. C. Batista, J. G. M. Silva, R. B. Corteletti:
Desempenho de uma serraria com base na eficiência
e na amostragem do trabalho. Floresta e Ambiente,
20(2):271–280, 2013.
[28] W. B. Polzl, A. J. Santos, R. Timofeiczyk Junior, P.
K. Polzl: Cadeia produtiva do processamento
mecânico da madeira - segmento da madeira serrada
no Estado do Paraná. Revista Floresta, 33(2):127–
134, 2003.

WCTE 2016 e-book | 5502

NEW PROCUREMENT AND COOPERATION MODELS FOR PLANNING +
EXECUTION OF TIMBER BUILDINGS - CASE STUDIES AND VISIONS
Sonja Geier1, Wolfgang Huß2
ABSTRACT: Timber construction still suffers from the prejudice of higher costs and complexity. While timber
manufacturers set on `lean production` in order to increase productivity, upstream planning phases follow traditional
ways (structures) and exclude manufacturers’ know how in earlier planning phases. Thus most often manufacturers
submit alternative proposals during the tendering that demand a necessary re-design of the architect’s planning. Hence
previous planning effort is wasted, which is far away from `lean`. One cause has already been pointed out many times:
the separation of the design and the execution team. The surprising finding is that design and construction themselves
rarely cause complexity. Instead, it is the organization of the process which is lagging behind. In order to achieve
process innovation, the leanWOOD project provides recommendations on how to work in existing structures and drafts
visions for a new understanding of roles and a turnaround in the policy of procurement approaches.
KEYWORDS: leanWOOD, timber construction, complexity, case study research, procurement, cooperation, roles;

1 INTRODUCTION
1.1 OBJECTIVES OF THE PAPER
This paper provides first evaluation results of case
studies with a special focus on procurement and
cooperation models and the evaluation of the alleged
complexity of timber buildings. Additionally it provides
recognitions on how to improve procurement and
cooperation models.
1.2 IDEAL SCENARIO AND REALITY – A LOOK
INTO THE MIRROR
In the last two decades the timber manufacturing sector
has made unimaginable technological progress by
applying lean production methods. Today, timber
manufacturers are able to deliver high-quality
construction solutions with very short on-site mounting
procedures. Parallel to this technological leap, the sprawl
of information and communication technologies led to
an ideal environment for digital workflow and efficient
cooperation between involved actors regarding the
planning and execution of industrialized timber
construction.
Despite these ideal preconditions, reality shows a
distinguished picture.
› Timber manufacturers and engineers confirm the lack
of planning standards that do not respect the needs of
industrialized timber construction with a high level of
prefabrication. 12
› The plannings of architects and engineers need to be
completed before production planning or at least when
the production starts. Often, late changes regarding the
design, technical details, penetrations or through lets,
etc. require re-planning and consequently lead to costly
re-works on-site (for penetrations, through lets, etc.).
1
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› The level of detail between timber construction
engineering and building service planning is not
aligned. Other than in massive construction, especially
structural planners and timber construction engineers
need firm and binding specifications for installations
and ducting in the early phases.
› So-called `re-design phases` after completion of the
tender process put additional stress on the planning
team. They are often caused by the necessary
alignment of the architect`s planning due to changes
proposed during the tender process or negotiations with
manufacturers. Planners and manufacturers mention
different reasons from their point of view:
- Planners complain about the practice of some
contractors that dispense exaggerated alternative
proposals due to allegedly cheaper constructions
solutions, cheaper materials, other suppliers, etc.
- Manufacturers point out that due to missing
manufacturing know-how, constructions either
neglect timber-appropriate design and planning or
optimization potential out of production capabilities,
used materials or components had been neglected in
the planning phase.
In both cases architects and timber construction
engineers are confronted with unspoken accusations of
poor planning and unused potential for optimization.
Nevertheless, prior to contract awarding, a
considerable effort is invested in the tendering
planning as a basis for the tender specification.
Considering the German or Swiss situation, fee
regulations show, that usually at this time the architect
has already spent 62% (acc. to the German HOAI3) or
50.5% (acc. to the Swiss SIA 1024) of the planning
budget. Thus, significant planning effort is wasted by
this re-design phase – which does not follow the idea
3
4

HOAI 2013. Regulation of Fees for Architects and Engineers.
SIA 102:2014. Regulation governing architects` services and fees.
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of a `lean`-approach. Additionally timber manufacturer
are already under the pressure of continuously
shortened execution schedules.
Beyond that, timber construction still suffers from the
prejudice regarding higher complexity and higher costs
than massive construction. These arguments are often
produced by clients when decisions on materialization
are made. Nevertheless, the technological potential of
tackling these obstacles is available – as promoted by the
timber construction sector. Therefore the question
remains, whether a `leaner` approach in design and
planning would enable less complex and more costefficient production and execution of timber
construction.
1.3 COOPERATION AND PROCUREMENT IN
TRANSITION
This unfortunate situation has its roots in the strong
traditionally shaped building procedure of massive
construction. In projects (especially regarding projects
financed by public money) the procurement legislation5
separates the planning and the executing actors in order
to identify the best bid in a fair competition amongst
bidders. With this specification manufacturers and their
know-how are excluded from the early design and
planning phases. Thus, cooperative and joint
developments of architects, planners and manufacturers
in order to optimize solutions in the early phases, are not
possible.

Germany, Switzerland, Finland and France with the aim
to advance planning processes and cooperation models
towards the characteristic of timber construction
processes. This will be achieved by showing ways to
overcome traditional procurement and cooperation
models, identifying the actual complexity in the planning
and execution of timber buildings and developing
guidelines and visions that aim on a turnaround in
process and cooperation.
2.1 METHOLOGY: THE ANALYSIS OF CASE
STUDIES
The methodology used in the leanWOOD project is
based on a case study research approach. In order to
visualize the procurement and cooperation model a
graph was developed showing the model approach with
the relevant actors (roles) and how they are linked
together. Actors (roles) such as architects, planners and
engineers are shown as dark grey ellipses, executing
actors as light grey ellipses. The different lines show
how they are linked together.

Figure 2: Symbols for graphical representation of the
cooperation models. Source: CCTP
Additionally the complexity of every case study was
analysed according to the aspects in the following
categories: requirements, design, construction and
process. Therefor a set of criteria structured into four
categories have been defined:

Figure 1: Traditional procurement and cooperation
models separate the design and the execution team and
hinder joint development of architects, planners and
manufacturers. Source: CCTP
Although the regulations for public procurement only
have to be applied for projects above the threshold, a
broad range of timber construction projects are affected.
Private clients on the other hand would have more
freedom and could integrate manufacturers and their
know-how in early phases. However, most likely only
the traditional way is anchored in their awareness and
executing manufacturers are tendered in the later stages
of a project.

2 THE WOODWISDOM-NET PROJECT
leanWOOD
The WoodWisdom-Net project leanWOOD was
launched in 2014 by research and industry partners from
5

The WTO (World trade organization) Agreement on Government Procurement
(GPA) rules the contract awarding by means of public money. The WTO/GPA
was implemented by the EU by slight adjustments of the EU directives
(2004/18/EU and 2004/17/EU).

› The category requirements contains aspects that are
more or less given by the frame conditions of the
project and the client. The range of influence is very
low. Exemplary aspects are the dimension, the
building’s standard (Minergy, Passivehouse, etc.) or
necessary fire and noise protection standards. The
higher the level, the more demanding are the
requirements.
› The category design contains aspects that can be
influenced by the architect and early concepts by the
engineers. These are geometry, design of openings,
system separation, and level of standardisation or
prefabrication. The higher the level, the more
demanding the planning and execution will get.
› The category construction contains aspects that can be
influenced by the timber construction engineers
through their structural planning. These aspects are for
example the chosen primary construction system, the
design of nodes and stiffening, etc. The higher the level
of complexity, the more effort and care has to be
brought up in planning and execution.
› The category process contains aspects that can be
influenced by the set-up of the project team and the
organization of the cooperation amongst the actors.
These are aspects like network planning, early
integration of relevant specialist planners or the timber
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manufacturer, coordination within the project, data
exchange6, quality management, etc. These aspects
show how design and construction are handled in the
process. The lower the levels, the smoother and more
efficiently the procedures are able to run. Higher levels
indicate barriers within the project organisation or
cooperation.
Each category is represented in a spider diagram
showing the grades of complexity or level of difficulty
from level 1 (low) to 5 (high). See Figure 5,Figure 8 and
Figure 11.
For verification, this evaluation has been cross-checked
through interviews with all relevant actors of each case
study – client, architect, timber construction engineer,
manufacturer and site or construction manager.
The evaluation of the case studies was a proof-ofconcept. The set of criteria definition will be developed
further-on in the leanWOOD project - based on
experiences from this first assessment

3 CASE STUDIES
3.1 COOPERATION AS DESIGN FACTOR ─
RESIDENTIAL AND COMMERCIAL
BUILDING KALKBREITE (ZURICH)

Procurement and cooperation model
In order to find a developer, the city of Zurich launched
a developer`s competition. The innovative concept of the
Cooperative Kalkbreite convinced the jury and they were
thus granted the building right (`Baurecht`) to develop
the area. Afterwards, an open architectural competition
identified the project with the highest value: it was the
concept of the architectural office Müller Sigrist
Architekten that followed a traditional block perimeter
development with a `Rue Intérieure`.
The Cooperative Kalkbreite transferred its vision of
cooperation to the planning process as well. All planners
and contractors were linked with individual contracts to
the cooperative as clients. Currently a lot of associations
or other institutional clients use general or total
contractor models. They prefer one contact person for
their wishes and demands, guaranteed schedules and
costs and reduced internal effort. In contrary, the
cooperative Kalkbreite wanted to play an active part as
responsible decision maker. All planners were
commissioned directly – in this way they worked
together on an eye-to-eye level and the Corporative
could decide who was commissioned. The only
exception was the assignment of the cost and site
manager: Due to the large dimension of the project the
architectural office assigned an experienced construction
management office responsible for cost and site
management. For the execution, the tendering and
contract awarding of the companies followed the
traditional model of single contracts after a mainly
public tender process. The contractual relationship and
the communication channels are shown in Figure 4: The
executing companies were also commissioned directly
with single contracts. The cascade model of subcontractors who can hardly be controlled was thus
avoided.

Figure 3: The inner courtyard of the residential and
commercial building Kalkbreite in Zurich. Source:
Müller Sigrist Architekten, raumgleiter GmbH.
Introduction
In 2006 the Cooperative Kalkbreite formulated the
vision `New ways of community-living in the city that
contribute to the 2000-Watt-Society`. At that time the
plot was used for stabling tracks of the Zurich public
transport operators. By using this area as valuable innercity land-resource, the development was completed in
2014 as a building area around and above the tracks of
the tramway incorporating different usages housing,
community and working with high-level flexibility.
Today ambitious ecological standards and significantly
low individual space consumptions are the built vision of
how the 2000-Watt-Society might be realized in future
buildings.
6

This aspect refers to the implementation BIM in current planning and execution
processes. A separate paper from leanWOOD is published within the context of
the WCTE 2016 `Investigating the Interaction of Building Information Modelling
and Lean Construction in the Timber Industry`. Author: le Roux, Simon; et al.
Thus, hereafter the issue of BIM is not further explained.

Figure 4: Cooperation model in the residential and
commercial building `Kalkbreite` in Zürich acc. to the
symbolic described in Figure 2.
The active role of the client was one key factor for the
success. Three main actions should be named explicitly:
› An internal `Construction Committee` (`Baukommission`) met regularly.
› A professional expert was designated to moderate
decision-making (`Moderator`) and to ensure that
necessary decisions were provided timely to the
planning team and the site manager.
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› Two professional client representatives were
designated and empowered to steer the planning and
construction process from the administrative side – the
`Project Managers`.
During the entire project the coordinating responsibilities
were defined: The two project managers of the
cooperative Kalkbreite steered the entire administration
from the viewpoint of the purchaser. On the other side
the architectural office Müller Sigrist kept the planning
and, together with the construction manager, the
execution firmly in their hands.
Early decision for timber construction
In order to comply with the vision of the 2000-WattSociety it is nearly mandatory to implement the
`Minergie-P-Eco` standard. This is a voluntary building
standard in Switzerland. While the abbreviation `P`
refers to the energy-efficiency (comparable to the
German passive house standard) the addition `Eco`
refers (inter alia) to the embodied energy of the
construction. Thus, applying this standard to a building
includes CO2 emissions and resource-efficiency into
decision-making for building construction. In the case of
Kalkbreite the use of timber was already proposed by the
architect in the architectural competition, based on the
formulation of the cooperative`s vision of sustainability
and ecology. This is a rather scarcely used practice
because referring to timber in an architectural
completion might cause disadvantages. Generally, cost
evaluation in this project stage is based on cost
benchmarks from experience. A preconception is that
timber construction is about 8 -15% above a standard
construction.
However, timber constructions provide a broad range of
different options for one construction - which is a plus
considering the options it offers. Unfortunately on the
other side this makes it difficult to get benchmarks that
depict the specific situation. However, in case of the
Kalkbreite, the client wanted to assure that the
materialisation guarantees the concept with the lowest
embodied energy. So, one of the first steps in the
preliminary project after the architect was confirmed,
was the evaluation of the material concept. At this time it
was not possible to construct the entire building in
timber.7 Thus, the evaluation comprised massive
construction versus hybrid construction systems. And
with the embodied energy as decision basis, a timber
construction for the exterior wall was the appropriate
solution. It was designed as a self-supporting timber
frame element system cladded with plastered insulation
panels. The construction and building system (piles and
slabs) and the tramway hall on the ground floor were
built of reinforced concrete prefabricated elements.
In order to base this evaluation of materialisation on a
serious foundation, the timber construction engineer was
already integrated in the preliminary project – an action
which is recommended, but not a commonly used
practice.
7

Before the new fire regulation BSV 2015 was set into force on 01.01.2015, the
application of timber in Switzerland was (acc. to the BSV 2003) limited to six
storeys for the load-bearing construction system and eight storeys for façade
construction.

The design of the wall by the timber construction
engineer
The exterior wall construction system was a prototype in
terms of the dimension and the extended plastering on a
soft fibreboard. Additionally the timber construction
engineer office avoided the usual steel supporting
construction on the edge of the concrete slabs and
designed it totally in timber.
The additional intention (in order to follow the vision of
the Cooperative) was to design a construction that could
be offered and executed by a broad range of
manufacturers. This was confirmed by the timber
manufacturer in the interview – the system was well
thought through and the manufacturer offered a tender
without an additional `optimization proposal`. Further it
was possible to implement the planned construction
without major changes compared to the previous
submission planning.
Evaluation

Figure 5: leanWOOD evaluation of the residential and
commercial building Kalkbreite (Zurich) according to
methodology described in 2.1.
In Figure 5 the leanWOOD evaluation (as described in
2.1) according to the aspects requirements, design,
construction and process shows:
› High requirements arose from the project context
itself. It was the dimension of the project, the
situation in the inner city in the middle of a highly
frequented traffic node that challenged the building
site.
› The design of the architect and the planning team
was able to reduce the complexity by an intelligent
design of openings, element dimensions and system
separation. The high level of geometry could not be
avoided – it was given by the high level of required
flexibility in usage. However, the system with load
bearing concrete piles and slabs and non-load-
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bearing interior design offered a high level of
flexibility until the end of the project.
› Overall the construction system of the exterior wall
was an easy-to-implement solution.
› The process was (compared to other projects)
characterized by sound network planning and a good
coordination. In general a lot of involved actors had
years of experience in timber construction. However,
the team or single planners had never been working
together in a previous project and the data exchange
was on the level of today`s common practice.
The evaluation in leanWOOD showed that the
complexity in the project was not given by timber
construction per se or little experience. The complexity
arose from the very high requirements given by the site
and dimension of the project and the actual standards in
planning processes.
Results
The early evaluation of the material concept according to
the lowest embodied energy supported the application of
timber. The integration of the vision towards a 2000Watt-Society paves the way to introduce timber
construction more and more in urban areas. Additionally
the fast and easy-to-install construction met the needs of
the challenging building site. The investment costs of
about 1,790 € /m2 net floor area (for the cost groups 300
and 400 according to the DIN 277) proves the excellence
of the team. Actually the project of the Cooperative
Kalkbreite is the built vision of cooperation and a
frontrunner to induce cooperation into a project team and
a building. In April 2016 it was awarded with the `Hans
Sauer Price` for Social Design.
3.2 AN EXEMPLARY EARLY COOPERATION,
APARTMENT HOUSES UAL DA FLEX
(GRAUBÜNDEN)

Figure 6: Apartment houses `Ual da Flex` in Savognin
(Graubünden). Source: Uffer AG
Introduction
Usually architects and engineers are most likely chosen
due to recommendations and references or identified by
architectural competitions. Manufacturers on the
contrary are – unless it is a public or a private client –
chosen by a tendering based on the lowest bid principle.
In order to break up this upward circle and to find new
ways of acquiring projects, the timber manufacturer
Uffer AG has started to engage in project development

as well and hence realizes high-quality and innovative
timber buildings focusing on the creation of regional
value. Thereby trust and the commitment to deliver
sound quality in planning and construction are important
principles.
Procurement and cooperation model
Historically, high levels in timber building culture are a
common practice in Graubünden. Nowadays the region
is known as the cradle of contemporary timber
architecture and innovative timber technology. Due to
this background, the timber manufacturer started the
project development for new apartment houses with a
competition between two architects. The affiliation to
trust and quality was the reason that subsequently the
development company Ual da Flex AG was founded: it
is a partnership amongst the successful architectural
office, the timber manufacturer and an external investor.
The intention behind this cooperation model was to raise
the motivation of all actors to contribute to the project
success by sharing the profit. The Ual da Flex AG
commissioned the timber manufacturer as total
contractor for the planning and construction of the
apartment houses. In order to avoid redundant ping-pong
processes during the planning, the cooperation model in
Ual da Flex was based on an early and very close
cooperation between architect and timber manufacturer.
Before the planning started, the timber manufacturer
decided on the relevant built-ups and construction details
which had been proven valuable in previous projects.
Hence the architect started the planning right from the
beginning with a catalogue of basic construction details.
In order to use synergies, the production planning of the
manufacturer was based on the construction plans of the
architect (scale 1:50) and comprised all further detailing
for execution. This procedure is not common in the
cooperation between architects and timber construction
experts. However, it proved to be very successful – there
were no significant amendments of the architect`s plans.

Figure 7: Cooperation model in the project of the
apartment houses Ual da Flex in Graubünden acc. to the
symbolic described in Figure 2.
The specialist planners for HVAC and electric
installations were commissioned directly – due to good
experiences in previous projects. They based their
planning on the same drawings. The idea to establish a
team with a high level of trust was followed for the
denomination of the executing companies as well. Most
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of them were commissioned directly. Only building
services and electric installations were tendered.
An efficient planning approach
In the interview the architect expressed his satisfaction
with the planning approach. In the beginning the wall
structure was not defined in detail – only the thickness
was fixed by the manufacturer. The first drawings of the
architect showed the wall as a `black box` - two lines
indicating the thickness. According to him it was not
necessary to go into detail. Only when the construction
planning was done – lines for the cladding outside and
the installation layer inside indicated the multiple layers
of the wall structure. Only details relevant for the design
were elaborated by the architect.
`A very efficient approach for planning`, resumed the
architect. The cooperation model, as it was established in
the Ual da Flex project would be his ideal approach
especially for larger projects.
Evaluation

›

This affected the process. The spider-chart depicts
the streamlined planning process as well. Only the
data exchange followed current standards – it was the
exchange of .dwg- and .dxf-files between the
planners. Additionally .pdf-files were used to secure
information as within the exchange line thicknesses
and solids change their appearance.

Results
The project manager of Uffer AG stated in the interview
`Timber construction worked out well`. This statement
underlines the benefit of the timber manufacturer
integrated in the earliest design phase. It led to a very
efficient planning without ping-pong and re-design
phases. The architectural design underlines the high
culture of timber architecture and timber construction in
Graubünden. The apartments support highest standards –
hence the investment costs are above usual standards for
apartment houses. Nevertheless, the evaluation showed
the cost-drivers: the necessary underground parking and
the elaborate ventilation system.
3.3 PUBLIC AUTHORITIES AS INNOVATION
DRIVERS – EUROPEAN SCHOOL
(FRANKFURT)

Figure 9: Entrance façade European School Frankfurt
Source: T. Mayer

Figure 8: lean WOOD evaluation of the multi-apartment
houses Ual da Flex in Savognin acc. to the methodology
described in 2.1.
Figure 8 shows the leanWOOD evaluation (as described
in 2.1) according to the aspects requirements, design,
construction and process:
› High requirements arose from the project context
itself: the dimension of the project and the high
requirements in noise protection due to owneroccupied8 apartments. The Minergie-P standard
needed a ventilation system with mandatory heat
recovery. Additionally underground parking spaces
had to be provided for the new apartments.
› The complexity of design and construction could be
reduced significantly by the efficient cooperation
between architect and timber manufacturer.
8

In Switzerland a higher standard in noise protection is applied to occupied flats
compared to rental flats.

Introduction
The growth of the big cities in Germany and whole
central Europe is ongoing and thus the pressure to
provide school and living space is increasing. Fast
reactions to changes of the spatial needs are sometimes
necessary. In the present case the reorganization and
enlargement of the European Central Bank in Frankfurt
made a short-term extension of the existing European
school inevitable, where most of the children of the
employees are taught. 400 pupils from the age of 3 to 8
years should be taught in separated preschool and
primary school units. The new building was planned as a
temporary building due to building permit reasons and
was to be realized in a time frame of 15 months, from
starting the first feasibility study to teaching the first
lessons in the building. In light of this schedule a school
container building was the initial concept of the client.
Nevertheless the highly committed architects developed
an attractive school building offering excellent spatial
qualities by using consequently prefabricated threedimensional elements. In technical terms the time
pressure problem was solved with the implementation of
timber space modules. It is also obvious that without an
adequate planning process the very short project duration
would not have been feasible.
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Procurement and cooperation model
Economic efficiency, transparency, competition and
equal treatment are the principles of public procurement.
Public clients have to act according to the public
procurement rules. It seems to be a hardly known fact
that there is a significant scope for actions within the
existing framework: Functional specifications instead of
detailed tender descriptions, the combination of various
trades in a single tender description as a logical
consequence of prefabrication, the commissioning of
planning and building services according to a total
contractor model are applicable even today.
The architectural office NKBAK developed a feasibility
study in December 2013. The positive feedback of the
client resulted in a direct order for the architects. The
procurement scope corresponds to around 50% of the
full working stages 1-8 according to the official scale of
fees for services by architects and engineers (HOAI).
The execution planning and the construction monitoring
were not commissioned. Thus the fee was kept below the
threshold for a direct order and a tender procedure for
the planning services was not obligatory.

Figure 10: Cooperation model in the project of the
European School in Frankfurt according to the symbolic
described in Figure 2.
The client, namely the building department of Frankfurt,
decided to commit the building services in a functional
description procedure. The department had more than 20
years of experience in handling this kind of procedures.
The architects developed the building permit planning
and, on the base of a template of the client also a
functional tender description for the timber works and all
trades related to the prefabricated space modules. All
areas especially important for the appearance of the
building such as the façade and materials were
descripted precisely in very few master details. The
construction of the space modules and their connections
were left more open and with leeway for the bidders to
incorporate their expertise in the offer. The building
permit plans, the master details and a structural
calculation concept were added to the 80 pages’
document of the functional tender description. The
tender just asked for two prices, namely the total
building services in terms of a general constructor model
and the above described planning services the architects
were not engaged to deliver. Kaufmann Bausysteme
from Vorarlberg clearly were able to win the European
wide pure price competition procedure. The company
developed the execution planning with the help of the
structural engineer merz kley partner from Dornbirn as a

subcontractor. The site supervision was also provided by
the executing company. The architects were involved in
the execution process only through consulting activities
regarding architectural issues. They evaluated the
process as very effective and successful from their own
economic perspective. The office was not very
experienced in timber construction, so the project was a
good access to further planning of multi-storey timber
buildings.
Evaluation

Figure 11: leanWOOD evaluation of the European
School in Frankfurt according to the methodology
described in 2.1.
Figure 11 shows the leanWOOD evaluation (as
described in 2.1) according to the aspects requirements,
design, construction and process.
› The temporary character of the project allowed to
reduce the requirements to minimum standards such
as a reduced HVAC-concept (e.g.: natural window
ventilation, visible radiators on the sealing)
› The complexity in design was moderate thanks to a
very strict design respecting the rules of modular
building principles.
› Thanks to the strict modular design the construction
was feasible without major challenges. Beams of
laminated beech timber were used to bridge the large
spans of the classrooms.
› The mayor challenge of the process was the very
tight time schedule.
Results
The space modules construction and the cooperative
procurement model helped to maintain the very tight
time table. The requirement of reusability of the
produced modules in potential future buildings was also
met. The resulting costs were at around 1`500 €/m² gross
floor area BGF (cost groups 300-400 net according to
German norm DIN 277) and significantly below the
initial cost calculation of the architects. The architectural
quality of the project is documented in various, also
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international, publications and prizes, for example the
timber architecture prize of Hessen (`Holzbaupreis
Hessen`).

4 FINDINGS AND DISCUSSION
4.1 Complexity
The evaluation of the complexity of the case studies in
leanWOOD shows a very clear picture.
Basically in all case studies the requirements given by
the building task and the project context are rather high.
Today`s building standards are continuously rising,
demanding more sophisticated building constructions.
Nevertheless, the fields of design and the construction
are the `adjustment screws` of the design and planning
team in order to reduce the project’s complexity. Timber
construction has a lot of characteristics that provide
sufficient and mostly easy solutions for the rising
standards: The spider-charts in Figure 5, Figure 8 and
Figure 11 show that the levels of complexity in design
and construction are rather low. In contrary, these charts
show clearly that aspects in the category process have a
high level of complexity. Especially in `data exchange`
there is a top value in all cases. A further peak can be
found in planning and quality management. The case
study Kalkbreite is – compared to common practice – an
exception. The set-up from the client`s side and the
architectural office provided a professional design,
planning and execution environment.
Thus the evaluation in leanWOOD provides a more
differentiated picture of the prejudices. It is not the
timber construction itself that causes complexity. Frame
conditions and actual process organization often make it
impossible to meet the needs of today`s timber
construction. The approaches in network planning, data
exchange, planning management and the understanding
of roles are quite challenging concerning the planning
and execution of industrialized timber construction.
4.2 Procurement and cooperation models
The evaluation of procurement and cooperation models
in the case studies shows a picture that is quite common
in construction today. The Kalkbreite in Zürich was
carried out according to the commonly used procedure in
the D-A-CH area: An architectural competition as a basis
for high architectural quality with subsequent tender
processes for the executing contractors. While the
architect is mainly chosen by the design approach, the
executing companies are selected according to the price
criteria.
Further it is also a rather common practice to decide
materialisation only after the architectural competition.
With regards to the project Kalkbreite, this was the only
disadvantage mentioned by the architect - that timber
construction was not explicitly given as a pre-condition
already in the architectural competition.
The example of the European School shows that a shift
of the main project responsibility from the architect to
the timber manufacturer after the building permit phase
can be a promising approach. Obviously the quality of
the building greatly depends on the planning skills of the
timber manufacturer and his willingness to understand
and respect the architectonical aspects. This model can

be implemented in projects of limited complexity and is
also feasible in a public procurement framework.
The project Ual da Flex shows a second cooperation
model gaining increasing momentum. Timber
manufacturers start to enter the field of project
development and offer services as `timber construction
total contractor`. The manufacturers established their
internal planning departments – a pre-condition for the
necessary
production
planning.
Thus,
design
competencies can easily be integrated in these teams and
manufacturers are able to offer full services including the
planning. Thereby the manufacturers meet the request of
clients to have one partner for planning and construction
issues. This development moves from the Northern and
Anglo-Saxon countries to Middle European countries.
The discussion on how this might influence the values of
our building culture is increasing especially in the D-ACH area.
Besides the total contractor models that are more or less
offered by larger timber manufacturers, the general
contractor models are wide-spread. The effort of
individual tendering and subsequent coordination of
larger projects is rather high. Smaller architectural
offices are sometimes overburdened. Thus the
cooperation with experienced general contractors can be
advantageous for architectural offices that focus more on
the design part in planning and are discharged with the
coordination effort on site. Nevertheless, it was often
mentioned in the leanWOOD interviews that it strongly
depends on the attitude of the general contractor. The
range of different general contractor policies in terms of
cooperative team approach, quality and transparency is
differing vastly. On the question of the ideal features of a
general contractor, the architects and engineers stated
that the cooperation on an eye-to-eye level and flexibility
without continuous cost threats are important factors.
4.3 Role models
Timber construction engineer
The timber construction engineer is a specialist planner
nearly exclusively spread in Switzerland. Basically the
timber construction engineer is a structural engineer with
a special education in timber construction. He supports
the architect in timber construction design and
establishes the link to the manufacturer. In the
development Kalkbreite, the engineer was already
integrated in the preliminary project in order to evaluate
the different materialization concepts.
On one side, the engineer might be seen as one of the
many necessary specialist planners in a building project.
A closer look reveals the special role: Timber
construction planning strongly depends on a broad
variety of inputs from other planners. Without detailed
specifications on dimensions and characteristics from
board and insulation materials, claddings or integrated
components, the timber construction engineer is not able
to work. His planning is strongly interconnected with
others, thus the engineer is demanded to system thinking
– more than other specialist planners.
Thus the timber construction engineer, as practiced in
Switzerland, would be a suitable solution for other
countries. However, in the discussion with Swiss timber
construction engineers, this vision appears in a different
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light. The engineer’s overview on system solutions,
technical details in combination with the knowledge in
timber structural engineering and static calculations is
indispensable. Nevertheless, the integration of the
manufacturer would extend the range of the optimization
of execution procedures, sufficient material selection and
logistics.
Architect
The analysis of the different case studies within the
leanWOOD project shows the comprehensive
understanding of the role of an architect. In the D-A-CH
area the architect plays an important role. From history
he is seen as the custodian of the building culture.
Architectural competitions are quite common
(Kalkbreite, Ual da Flex). In contrary, the situation in the
Northern European and Anglo-Saxon countries is
dominated by total contractor approaches. In this context
architects have more supporting roles and have to
subordinate the architectural design in most cases to a
strict price policy. Most likely, timber manufacturers
would appreciate this role of the architect as it might
bring streamlined processes without ping-pong planning
and a design that meets the needs of timber construction.
Concerning coordination there is another discourse of
understanding the architect`s role in today`s timber
construction. Historically the architect is seen as the one
person managing the building project. Most often
national standards list the related tasks such as
`coordination of the services of all participants` and
`management of the team of planners`. However, the
superficial descriptions in the standards are too unprecise
regarding the characteristics of timber construction. Yet,
the coordination effort in building projects is increasing
excessively regarding the growing need of necessary
specialist planners even in small building projects.
Additionally the conquest of BIM9 requires new
coordination tasks. This opens up a new field for
architects that can be compared with the conductor of an
orchestra. It is the role of a manager steering a team and
coordinating the (net)work of specialists.

5 RECOMMENDATIONS AND VISIONS
The evaluation dialogue in leanWOOD between research
and practice showed that the most obvious problems in
timber construction do not arise from technical aspects.
Thus, the necessary fields of actions to establish a
planning culture that meets the needs of timber
construction are changes in the tradition of procurement
and cooperation and a new understanding of roles and
cooperation models. In this way leanWOOD provides
recommendations on how to work in the existing
structures as well as visions for necessary changes in
(legal) frame conditions. A new approach in
procurement and cooperation needs time until the (legal)
frame conditions can be shaped and established.
Nevertheless, the change towards a new system approach
has to start with the definition of the responsibilities and
duties of role models in the planning and execution team
and re-thinking how teams are set-up and organized.
9

See footnote 6

5.1 SOLUTIONS TO WORK IN EXISTING
FRAME CONDITIONS
Thus, more specific descriptions of role models, the
related responsibilities and range of the duties of
involved actors are needed. Current standards provide
the skeleton – it is up to the timber construction sector to
refine the role description of architects and timber
construction engineers in order to meet the needs of
timber construction planning and execution. Especially
the task of coordination in timber construction projects
has to be discussed. The organization of planning
management is lagging as well: Different planning
sequences between massive construction and the timber
construction have to be adjusted and clarified. A sound
and transparent plan delivery management with defined
milestones is essential to guarantee planning progress
and cooperative refinement of the level-of-detail. These
are basic preconditions to apply BIM. And on a longterm view it will be indispensable to integrate these
descriptions into national standards.
5.2 RE-THINKING THE TEAM SET-UP
A second field of action is to overcome the tradition of
how teams of planners and executing contractors are
organized. The first small steps to break up this tradition
have already been set. Architects and planners have been
selected primarily according to their design approach
(most often) in an architectural competition. This
selection continues to spread – more and more clients
place high value on the planning management and office
organization and the atmosphere of trust. Thus prequalification procedures are up-coming and show the
path towards a selection based on references, quality,
skills and trust instead of sole fee reduction.
This policy has already been rudimentarily applied in the
selection of executing contractors. Additional selection
criteria have been integrated in tender processes for
identifying the most eligible executing companies.
However, these criteria have most often been solely
based on references or apprenticeships. Nevertheless, the
price has remained a dominating criterion. The
development in the planning sector could be used as a
model for the selection of executing contractors. Cities
like Copenhagen already practice such quality related
selection processes. And public procurement legislation
in most countries offers this path already. However, it
would be up to clients to set initiatives.
5.3 New procurement and cooperation models
The crucial point to integrate manufacturer’s know-how
in earlier project stages has different obstacles. From a
general point of view the competition system with a
focus on the lowest-price principle shaped an
environment for competitors on the market. Fair pricing
for clients and the motivation to raise productivity for
contractors are one side of the medal. Additionally the
WTO GPA10 offers a market without trade-barriers
between the countries. The idea behind these regulations
is a fair, open and transparent competition for the
10

See also footnote 5
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bidders. Thus, the procedure needs an independent
tender and is based on the exclusion of companies in the
early planning phases – a way to guarantee equal
treatment of all bidders. On the other side this
framework supports a price spiral downwards, hinders
cooperative development before tender and excludes
know-how for optimization.

timber construction contributes to reaching ambitious
targets concerning embodied energy.
5.4 Visions
As visions for the future following developments can be
drafted:
›

›

Figure 12: Bringing the knowledge of the executing
manufacturer into the early design phase in order to
enable joint development of architects, engineers and
timber manufacturers on eye-level. Source: CCTP
Cooperative approaches based on the idea of joint
development have already been tried in the past. These
were, for example, the `Working group model` in
Switzerland, several `Bauteam` models in Germany
(derived from the `Bouwteam` in the Netherlands).
However, these models could not make a real
breakthrough.
In the `Working group` model the relevant contractor
was involved in the early design and planning phases. In
order to comply with procurement, he had to disclose his
know-how in the tender. However, contractors achieved
no real benefit from providing their know-how.
In the `Bauteam` model teams of architects, planners and
executing companies offered their services together.
Design, planning and costs estimation were developed
within the team based on a functional description. The
client could choose the best solution out from the
proposals submitted by different teams. Experiences
showed that it was necessary that one takes the role of
coordination. Most often it was a company experienced
as a general contractor. In this way the model had a very
high congruence with total contractor models or – in
case of a contract design with separate commissioning of
planning and executing team – with a general contractor
model.
The `Bauteam` approach offers a model with contracting
parties cooperating on eye-to-eye level (without the
thumbscrew of costs by the general contractor). In future
a timber manufacturer could take the role of the
executing coordinator while the architect would be
responsible for coordinating the planning team.
A modified total contractor approach is also gaining
increased momentum. There have already been public
procurement calls, for example in Switzerland,
addressing a full service competition of specialist
planners from architecture, timber construction and
building services in cooperation with timber construction
manufacturers. Yet, this practice is not wide-spread, but
it is gaining attractiveness especially for entities and
cities committed to the 2000-W-Society vision, where

›

›

A change in the traditional procurement avoiding the
exclusion of relevant actors. Competition is
necessary, but it has to be done earlier in the project
in order to allow network planning. Cost capping or
cost frames might allow dynamic development in
network planning approaches with a high degree of
cost certainty for the client.
Materialization is issued earlier. This would be the
basis for a design, appropriate to the chosen
construction material. As a consequence preliminary
studies to evaluate different implementation options
would become more important.
The selection criteria for contractors shift from price
to quality and skills orientation. This would mean
more and precise specifications in the tender
respectively procurement process.
Goals and objectives are defined in the beginning.
This would be the task of the client. Current
strategies to check the situation on the market (with
alternative positions in the tender specifications) and
to decide later on the precise building or
implementation standards have to be reflected in the
remuneration of the planning team.

The work in the leanWOOD project will be continued
until May 2017. This paper provides a small insight into
the development of future procurement and cooperation
models and represents the current stage of work in the
project. The authors are open to feedback and comments
in order to improve the results in the interest of the entire
process chain. It should be noted that topics such as
liability or other frame conditions such as economic
structures, BIM, etc. could not be discussed in the
context of this paper. However, they are addressed in the
leanWOOD project.
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OPEN BUILDING TOOLKITS
Francesco Montagnana1 , Hiroshi Fukuta2
ABSTRACT: Timber frame structure systems using glued laminated timber have become a widespread construction
method for detached houses throughout Japan. SE-structure® is one of these systems and for its integration of designprefabrication-installation-quality control and seismic design has been chosen for the construction of a pilot project in
Italy:. The SI (support/infill) system has been implemented with SE-structure® system, in a European context. The
structure of the building was conceived as an example of system building based on an open system, applicable to
residential building.
KEYWORDS: open building, building system, system engineering, seismic design

1

INTRODUCTION12

The industrialization of house’s production in Japan,
particularly in the field of detached houses, which really
started in the 60’s is often said as the most advanced in
the world. Indeed various industrialized construction
methods, most of which were only experimental or had
only short lives in the actual market in other countries,
have been extensively applied in the house’s production
in Japan.
In residential wooden construction that still now
accounts for the largest share of detached houses, like so
much of its traditional culture, Japan has developed a
highly efficient technological adaptation of an age-old
building techniques where:
1.
2.
3.
4.

Design and construction were an organic part of
the same process;
Modular coordination was the key to customary
design and the building process;
Prefabrication of the parts was the basis of the
building process;
On site assembly was a rapid, precision
operation.

As the most time consuming part of the prefabrication
process was the cutting of mortise and tenon joinery
holding together the timber frame, the introduction of
industrially precut timber framing has become the
predominant house construction method.
Industrially precut frame-structures are manufactured by
on-site assembly of columns and beams and other
structural parts (i.e. shearing walls, floor panels), to
which non-structural outer-wall panels are attached to
form a shelter.
1
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In Chapter 2 we describe the features of SE-structure® of
the above mentioned systems and remarkable for its
integration of design-prefabrication-installation-quality
control and seismic design.
In Chapter 3, SE-structure®, chosen for the construction
of a pilot project in Italy where he SI (support/infill)
system has been implemented, in a European context.
In Chapter 4 describes how the structure of the building
was conceived as an example of system building based
on an open system, applicable to residential building.
In Chapter 5 conclusions are summarised.

2

SE-STRUCTURE SYSTEM

The SE-structure® system has taken the traditional
Japanese method of building wooden frames to a higher
level.
Since 1997 up to now, using SE-structure®, 18.000
buildings have been built in Japan by a network that
currently includes over 500 construction firms with a
consistent group of about 600 architects and engineers
duly trained to integrate it in their design. Seven licensed
pre-cut factories produce the glulam pillars, beams and
panels and a couple of factories delivers the metal
connectors.
The SE-structure® hardware and software was developed
and patented from the early 90s by NCN (New
Constructor’s Network) of Tokyo, and dedicated to
structural design and to the manufacturing of
numerically controlled components. The same software
that conducts a 3D structural analysis, sends the data to
production once the structure has been verified in order
to ensure the maximum precision of all the elements.
1.1 GENERAL FEATURES
The “technology” or literally “construction method” of
the SE-structure® system consists of structural glued
laminated wood, SE metal connectors hardware and
structural design.

WCTE 2016 e-book | 5513

Also, SE-structure® is not just "technology" , but a
“system” encompassing activities from design to
inspection in an integrated flow, where one main
company oversees these activities in order to be
implemented correctly and safely by a "network" of
companies.
The structural design for SE-structure®, is similar to that
of larger buildings. Structural calculation clearly shows
the strength in figures according to allowable stress
calculation method.
Moreover, the same software for structural design,
performs its three-dimensional analysis integrated to
CAD, to ensure the safety not just based on intuition or
experience. Note that this applies to Japan where, for
small residential buildings it’s still now possible to build
without structural design.
In order to ensure the accuracy of structural design, it is
essential to have a high level of precision in
manufacturing materials. For this purpose the main
company selects strong, stable quality and certified
resistance of high quality laminated structural glued
laminated wood.
In addition, whereas many traditional wooden houses
have defects at the cross-section junction, where there
was often a weakness, with originally developed metal
connectors for SE-structure®, method it has become
possible to limit defects at the cross-section junction and
guarantee a consistent strength.
Furthermore, glued laminated wood and metal
connectors using SE-structure® traceability is established
and managed to deliver a quality certificate. In the SEstructure® method system, the drawings are based on
structural calculation and design. Accordingly wood precut – construction –inspection are accurately performed,
so the building owners can live safely in houses that are
guaranteed for their safety. The main company has a
control system to ensure the supply of structural frames
design, construction and inspection.
With the SE-structure®, we have a strict inspection and
construction management under the main company
supervision and only qualified registered construction
companies can operate through accurate drawings
supplied by the factory pre-cut. In addition, thanks to
this control system and to the evaluation of some
insurance companies, an insurance certificate is issued.
Thus SE-structure® is a safe system composed of the
robust network of registered construction companies,
pre-cut factories and insurance companies.

These concepts are shown in Figure 1.

Figure 1 The main concepts of SE-structure®,

•
•
•
•
•

•

Design: is performed according to a specific Design
Manual and the principles of Long life housing
Long life design;
Structure: the main company controls safety by
means of a specialised structural calculation
software: SE-CAD;
Materials: Traceability of materials; guarantee of
material;
Precut: Structural design and manufacturing are
integrated in the same CAD-CAM integrated
information system;
Construction: design and construction management
is supplied only by an SE-Structure®‘s authorised
engineer/architect/technician; construction is carried
only by an SE-structure® ‘s registered contractor.
Inspection: Structural performance report is
submitted to the owner. Information Sharing
Network;

2.2 JOINTS
One of the main features of the system is the use of
drifted pined joints with insert gusset plate provided with
lagscrewbolts (LSB).

®

Figure 2: SE-structure detail of connection between: beams,
pillars and connectors
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Figure 3 Assembly of glulam frame and metal connectors:
maximum height of a building 3 floors and 12m; maximum
span 6m; dimension of beams 120mm x 240-600mm; dimension
of pillars 120mm x 120mm (standard) or 120x240-360.

Figure 6 Assembly of roof panels.

Figure 7: SE- structure metal connectors

2.3 FOUNDATIONS
Figure 4 Assembly of shearing panels: material OSB or LVL
width 900-1000mm variable height; thickness 9-12 mm

SE-structure®, foundations are designed in coordination
with the above structure and connected with steel bars.
As site-cast foundations are never entirely plum;
certainly they are much less precise than elements that
have been factory produced. Therefore, setting the
elements on foundations includes shim to achieve level.
2.4 GRIDS
Grids for SE-structure® structural design and building
construction are established so that onsite and offsite
work might be coordinated. This is performed with
prefabrication of the glulam frame based on axial (not
modular) grids.
Eventual modular grids (for other components) allow for
dimensional coordination across elements offsite and
onsite. It is necessary, when intending to use extensive
prefabrication of components, to design the building
from the start on a reference grid related to the intended
model.

Figure 5 Assembly of floor panels: material LVL dim 10001000mm ; thickness 28 mm
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2.5 SETTING
SE-Structure® prefabricated building elements (glulam
beams and pillars, OSB panels, metal connectors, floor
panels) arrive to the site ready to be placed. Setting and
assembling elements is the final step in the process of
construction including hoisting, positioning adjusting,
connecting, and stitching. Elements designed for
prefabrication of structure
2.6 CRANING
For most assemblies, elements will be lifted directly
from the flatbed trailer to their final location. Cranes lift
the element and carefully locate its place onsite. Onsite
crew guide elements into place and make connections.
In Japan and Italy rental of large cranes is expensive, and
therefore the machines are used as much as possible
when procured.

2.7 FROM CENTURY HOUSING SYSTEM (CHS)
TO SI (SUPPORT/INFILL) SYSTEM
The Century Housing System (CHS) was developed in
Japan in the 80’s and it’s a design and construction
approach devised to extend building longevity that
classifies and organizes the placement of building
component systems. Based on modular coordination and
the concept of durable years as it relates to each subsystem, sub-systems with few durable years can be
replaced without damaging components with longer
durable years.
The most common result was to simplify the system in
two levels (unchangeable ‘support’/changeable ‘infill’).
The SI (support/infill) system has been successfully
implemented with SE-structure® system, particularly for
the production of detached houses by MUJI, a major
Japanese retailer since 2004.
2.8 FROM ONSITE TO OFFSITE
CONSTRUCTION
Peculiarities of onsite construction include the following:
•

•

•

•

One-of-a-kind production: manufacturing uses
repetition or similarity between each product in the
factory. Product fitting on the jobsite is unique every
time.
Site production: By virtue of the location being on
the jobsite exposed to the elements and vulnerable
to forces outside of factory control, construction is
inefficient in its fitting.
Temporary organization: each project is one-off,
requiring a temporary site organization of labor,
location of material and tools, and temporary
support facilities as office, computer, restrooms, and
break areas. The location of the parts and assemblies
are not carried over into the next project.
Regulatory agency: An organization that carries out
the inspection process from the municipality with
jurisdiction over the location of the building.

Systems such as SE-structure help to resolve the issues
of peculiarities of construction. Both waste reduction and
value generation must be taken into consideration to
make a prefabrication solution work. Offsite fabrication
in buildings suggests that parts come together in the
factory to a level in which assembly can occur with ease
onsite. The drawback is that buildings are not
standardized; therefore establishing fitting parts is still
an expensive portion of labour and time. For building
construction to progress and take advantage of the
benefit of factory production, fitting must be expedited
leaving final assembly to craft of construction as much
as possible in the factory and as little as possible onsite.
A movement toward more interchangeable parts and the
increase in production favouring direct assembly onsite
versus fitting parts onsite will increase productivity.
Figure 8: Manufacturing and assembling process of a SEstructure® building frame in Japan

WCTE 2016 e-book | 5516

2.9 MASS CUSTOMIZATION

•

Bus modularity: a base structure that supports a
number of attachments, sometimes called “platform
design” (base frame to which numerous cladding
materials and systems can be attached)

3 DESIGNING AND BUILDING IN
ITALY
The project was divided into several stages with at first
an analysis and comparison between Japanese structural
design criteria and Eurocodes in Italy and Japan and later
the design of a residential complex consisting of three
semidetached houses.

Figure 9: Building SE-structure® frames in Japan

As a mean to overcome the peculiarities of onsite
construction a number of mass customization feature are
implemented:
• Component-sharing modularity: same fundamental
components with appearance variability within each
discrete product (changing cladding options initially
from project to project)
• Component
swapping
modularity:
same
configuration of appearance with ability to swap out
component function (changing cladding options
post-occupancy)
• Cut-to-fit modularity: varying length, width or
height of a product by cutting to size based on a
fixed module (standardized cladding that can be
increased or reduced in size in production)
• Mix modularity: a base structure that supports a
number of attachments, sometimes called “platform
design” (base frame to which numerous cladding
materials and systems can be attached)

Figure 10: Designing the first SE-structure® complex in Italy,
study models and structural model
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Finally, a building that had been previously completely
engineered with a planning permission for the
construction in RC and brick has been, so to speak,
reengineered for the SE-structure® system.
The building frame (also skeleton) precut and shipped
from Japan was successfully assembled onsite by a crew
of local craftsmen and integrated with – exterior walls –
cladding – interior finishes and mechanical systems –
plumbing and HVAC – (also infill).
They are treated as separate building subsystems, as a
construction system would enable each part to be easily
replaced as these subsystems have a different lifecycle
span and can be provided by an efficient supply chain
and manufacture that are already on the market and only
need to be integrated (i.e. bathroom pods, compact
HVAC system with control devices, movable partitions).
The SE-Structure® was quite easy to process and to
assemble with ordinary tools; and this experience
demonstrated that the quick erection of solid and durable
structures – even in seismic areas – is possible even for
non-highly skilled manpower.

Nevertheless a few potential problems still remain, such
as:
•
•
•
•
•
•

Traditional procurement process
Lack of experience of following trades
Exposure to weather before enclosed
Work of following trades
Combustibility of timber requires vigilant quality
control to achieve required fire rating of separating
and compartment walls
Susceptibility to decay of timber when exposed to
excessive moisture

Table 2: Potential problems with SE-structure frame
construction

3.1 ADVANTAGES AND DISADVANTAGES OF
SE-STRUCTURE CONSTRUCTION
As a result we avoided, without dedicating excessive
additional design and engineering time, potential
problems often associated timber frame construction
methods with a traditional procurement process such as
modifications of general arrangement drawings based on
masonry construction, lack of experienced builders and
erection crews, deficiency of site quality control.
•
•
•
•
•
•
•
•
•
•
•
•
•
•
•
•
•
•
•
•

Quick erection times
Reduced site labour
Reduced time to weather the structure
Earlier introduction of following trades
Low embodied energy
Recyclable
Reduced construction waste through efficient
controlled manufacturing
Low volume of waste on site requiring removal
Can be built to exceed 100-year design life
Energy efficient when constructed to current
standards
Reduced time on site reduces environmental
nuisance and disruption to local residents
Factory controlled quality assurance in fabrication
Efficient use of material due to controlled
engineering and fabrication
Reduced construction time translates into reduced
risk exposure
No additional design and engineering time
No need of experienced builders and erection crews
Strict site quality control
Easy modification of general arrangement drawings
if based on masonry construction
Easy transportation and carriage access

Table 1: Advantages of SE-structure construction

Figure 11: Assembling a building frame in Italy: the exposed
solid wood floor/ceiling panels and the glulam frame nearly
completed
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Figure 12 and 13: Structural design of pilot building in Italy using SE-structure

®
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4 OPEN BUILDING TOOLKITS
The combination of timber frame structures, using glued
laminated timber such as SE-structure and discrete
subsystems in what can be defined “Open building
toolkits”, shows how to bring some of the salient
features of efficient manufacturing and industrial design
to the construction sector. This should allow for
significant savings in construction and maintenance
costs, fewer errors and rework, more choices and value
to the customer, new product and services that can be
configured and assembled in mobile factories, at
construction sites, etc.
Therefore it could be fruitful to:
1. Improve the speed, scale and quality of housing
supply. Particularly the ease to switch between
different footprints and site shapes, flexible
plans, easy integration with the cladding
system.
2. Use resources more effectively by separating
the construction of houses into the building
frame, exterior wall, interior finishes and
mechanical systems and dividing a construction
system in which each part is as replaceable as
its durability of life. To apply the integrated
building technology to housing.
3. Make it possible to design diverse residential
units that are adapted to the occupants’
lifestyles and demands through a structural
system, which provides freedom in designing
exterior walls and organizing layouts, and
systematic dimensional coordination.
In the 1950’ and 60’ many systems buildings were built
in the world, but recently few people mentions about
building systems. It is one of the reasons that systems
building supplied many monotonous buildings. However
we are convinced that we can obtain diverse attractive
buildings by assembling building subsystems. The
architect must become skilful in combining building
subsystems. Systematic design with planning grid is
defective for that. The building was designed, using open
building subsystems. The structure of this building was
conceived as an example of a system building based on
an open system, applicable to residential buildings.
In the project, the building frame – skeleton – , exterior
walls – cladding, interior finishes – infill – and
mechanical systems – plumbing – were treated as
separate building subsystems, and a construction system
was devised that would enable each part to be easily
replaced or moved as its durability or life. The
mechanical equipments installed in houses are becoming
ever more advanced and interfacing with the building
frame and interior finishes in increasingly complex
ways. However, they must be made and installed in such
a way that they can be properly inspected and replaced

because mechanical systems and interior finishes differ
in durability from the building frame.
Based on that experience, a scheme in which the
mechanical systems and the building were separated was
devised. A systems-building approach, using a grid and
dimensional coordination, was taken, and the result can
be called systems housing.
The building frame is a structure of columns and beams.
Modular coordination consistent with systems building is
practiced throughout the building in order to promote
efficient design and production by diverse teams
working in parallel. Modular coordination functioned
quite effectively because the building frame, exterior
finishes and interior finishes were designed at different
stages. Grid planning was also an important means of
exchanging information in the process of designing with
the participation of prospective occupants. For that
reason, grids and dimensions that are commonly used
were selected for the interior finishes.
4.1 CONSTRUCTION SYSTEM FOR FREE
PLANNING
Each unit is freely designed within a building frame that
consists of timber columns, beams and floor panels but
includes no walls (with the exception of shearing
panels). The construction system was devised so as to
give architects freedom to locating the exterior walls and
organizing the layout. Systematic dimensional
coordination make it possible to provide diverse unit
designs adapted to the lifestyles and demands of
occupants.

Figure 14: Free planning

The design of the units could begin after the building
frame and the residential building had been designed and
continue while the building frame is constructed. This
procedure is based on a housing construction method
called the two-stage supply method, which assumes the
participation of the occupants. Independent coordinators
make adjustments between the design of each unit and
the design of the building as a whole. Most coordination
work is a matter of interpreting the rules of design.
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Figure 15: Flexibility in time

Diversity means both variation in plan at the time of
construction and sufficient flexibility to be able to adapt
to later changes in lifestyle. This project is intended to
improve the life of the housing as a whole by making it
possible to freely remodel the units in response to
changes in lifestyle of family composition. The building
frame must also be able to adapt to advances in
mechanical equipment, and the high floor height make it
possible.
4.2 WIRING AND PLUMBING
The standard floor level for a unit is set at 240mm above
the floor of the building frame, and the resulting space is
used for pipes. The floor is built by a special method that
improves the insulation of percussive sounds. Using.
them before they wear out. Improving the replaceability
of equipment parts and pipes lengthens the life of the
entire house. The sanitary systems can therefore be
freely located, and there is greater flexibility when
undertaking remodelling work. The structural plan and
the plan of the mechanical systems are coordinated so
that pipes and ducts do not need to pass through walls,
floors, and beams of the building frame.

Figure 16: Wiring and plumbing

Figure 17: Bathroom pods

4.4 WINDOWS
Every component has been figured out; whereas usually
windows are essentially stapled into place from the
exterior, these windows are installed with adjustable
fasteners so that the window can be levelled perfectly
and at the end of its useful life can be removed and
replaced – from the inside.

Figure 18: Adjustable fastener for easy installation and
removal of windows

4.5 COMPACT HEATING/COOLING/WATER
Most people understand the advantage of building a very
energy-efficient house - lower energy costs and
reduction of fossil fuel use. Another advantage in
building tight, energy-efficient homes is they need
smaller heating and cooling systems than houses with air
seeping in because the structure isn't tightly sealed.
However, when a house is built with minimal air
leakage, it is essential to have an excellent ventilation
system to maintain a healthy environment inside.

4.3 BATHROOM PODS
Bathroom pods cost about the same as site built
bathrooms on a direct cost basis but can result in 26%
savings due to faster construction and reduced defectslist. Using bathroom Pods lowers construction costs by
reducing construction time, improving quality, and
eliminating the bathroom defects list. With traditional
building, a multitude of trades need to be organized to
realize the bathroom design. This requires a high degree
of supervision and management on site to ensure correct
sequencing and quality of work from plumbers,
electricians, tilers, floor layers, sealant applicators,
decorators, glaziers, carpenters and other specialists.
Figure 19: All-in-one heating/cooling/water system
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All-in-one systems combine all the functions of an
HVAC system in one unit. These heat pumps, which
functions as a ventilation system with heat recovery, also
includes space heating and cooling and provides the
household's hot water supply. This type of system is
compact, provides healthy indoor air, and reduces energy
costs.

5 CONCLUSIONS
This kind of building systems could be instrumental in
speeding up the delivery of new housing and making it
affordable to people of all ages and incomes, including
the self-employed. The typology is timber frame and
core residential – adapting a tried and tested
development model from such system buildings. By
excluding internal fit-outs, the cost (to the
developer/house-builder) of building new homes could
be reduced by roughly up to 40%, and the duration of
construction be reduced by 25% – delivering faster,
cheaper housing. Just as importantly, this typology gave
users more autonomy in creating homes they really
wanted.
SE-structure® timber frame system and core residential is
built in two phases:
Phase 1 includes the external envelope, party walls
between flats, cores and common areas only;
Phase 2 includes all internal fit outs, and is undertaken
by the home owner.
The developer/housebuilder delivers flats which are
‘ready to camp in’: they satisfy Building Regulations
including thermal/acoustic insulation and fire
regulations, and are fit to live in from day one. This
provides maximum flexibility for new owners: those
short of money can fit-out their flats over time,
according to their finances; keen DIYers can choose to
do much of the fit-out themselves, which will also keep
costs down; and those short of time can choose to have
the entire fit-out carried out by small contractors whom
they appoint. It also means maximum flexibility in
layouts: a single buyer might start off with a huge studio
flat, adding partitions to create more rooms as and when
needed – for example, when starting a family or to rent
out a spare room.

ACKNOWLEDGEMENTS
We wold like to thank: NCN Co. of Tokyo for their
continuous support;
Yuji Shimizu and Takayuki Miyoshi that designed the
first building complex in Italy including three semidetached houses and coordinated all the initial phases of
contacts between Japan and Italy to transfer SE-structure
technology in an European context.

REFERENCES
[1] Coaldrake W.H.: Componenti nuovi, assemblaggi
antichi (New Components, Ancient Assemblages)
p.68-71 (p.120-121) in Casabella 608-609, January
February 1994.
[2] The Building Standard Law of Japan, Supervised by
Building Guidance Division & Urban Building
Division, Housing Bureau, The Ministry of Land,
Infrastructure, Transport and Tourism (MLIT)
National Institute for Land and Infrastructure
Management of MLIT Technical Guidance by
Building Research Institute, Edited/Published by
The Building Center of Japan, May 2009.
[3] NCN Co. Tokyo, SE-Structure® Manuals vs. 2.0,
2012.
[4] M. Hook, ”Customer Value in Lean Prefabrication
of Housing Considering both Construction and
Manufacturing”, Proceeding of IGLC-14 July 2006,
Santiago, Chile.
[5] Schmidt, R. III; Eguchi, T.; Austin, S.. Lessons from
Japan: A Look at Century Housing System in DSM
2010: Proceedings of the 12th International DSM
Conference, Cambridge, UK, 22.-23.07.2010
[6] D. Schodek, M. Bechthold, J.K. Griggs, K. Kao, and
M. Steinberg, Digital design and Manufactoring:
CAD/CAM Applications in Architecture and Design,
Hoboken: John Wiley & Sons, Inc. 2004

WCTE 2016 e-book | 5522

WETTING AND DRYING PERFORMANCE OF WOOD-BASED
ASSEMBLIES RELATED TO ON-SITE MOISTURE MANAGEMENT
Jieying Wang1
ABSTRACT: This document aims to emphasize the importance of an appropriate level of on-site moisture
management for wood construction, depending on weather conditions, construction methods, and assemblies used. It
covers three different but related research projects. It first describes baseline moisture contents (MCs) measured from
softwood dimensional lumber during construction of light wood-frame buildings in the coastal climate of British
Columbia. When a building was framed in the winter, i.e., a wet season, the average MC was about 20%, but with a
wide range resulting from different degrees of exposure, before it was sheltered and heated for drying. By comparison,
the average MC of lumber was lower, about 15%, with a much narrower range than that observed in the winter under
the summer drier conditions in the same area.
For purposes of identifying the needs of on-site protection as well as design for durability, the paper briefly covers
laboratory testing for assessing the wetting and drying performance of a range of wood-based decks including crosslaminated timber (CLT) and nail-laminated timber (NLT) that may be used for roofs or floors. Products and assemblies
that tend to have poor drying performance after wetting would require more attention during the design and construction
phases, in order to both reduce the wetting potential using on-site protection and to increase the drying performance
using robust design measures.
KEYWORDS: Wood-frame construction, On-site moisture management, Wood moisture content, Wetting and drying
performance, Nail-laminated timber, Cross-laminated timber, Coastal climate of British Columbia

1 INTRODUCTION

123

It is important to protect wood from water during the
transport, storage, construction, and in-service stages to
prevent potential issues, such as staining, mould,
excessive dimensional changes, and even fastener
corrosion and decay with prolonged wetting. Among
these stages, the construction stage is likely the most
challenging given the range of possible moisture
exposure conditions and the inevitable site and cost
constraints of a construction project. Practices and
regulations related to on-site moisture management have
been advanced in countries, such as Finland [1]. In the
North American context, there is no regulatory
requirement for on-site moisture management. Practical
and cost-effective moisture protection measures are
needed to improve the quality and efficiency of
construction, especially for the increasingly built mass
timber construction. This paper first covers field
measurement of moisture content (MC) in light woodframe construction in the coastal climate of British
Columbia. It then discusses wetting and drying
1

Jieying Wang, Building Systems Department, FPInnovations,
Canada, jieying.wang@fpinnovations.ca

performance of a range of small-scale roof/floor deck
assemblies including plywood, OSB, cross-laminated
timber (CLT), and nail-laminated timber (NLT) that may
be used in wood construction, and the effects of other
materials (e.g., membrane, insulation) and space heating.
Related to this paper, FPInnovations has started
developing guidelines for on-site moisture protection of
wood construction [2].

2 WOOD MOISTURE CONTENT
DURING CONSTRUCTION
2.1 MOISTURE CONTENT MEASUREMENT
The MC of wood, primarily dimensional lumber, was
measured during the construction of three light woodframe buildings in the coastal climate of British
Columbia, covering both the winter (wet) and the
summer (dry) seasons [3, 4, 5]. They were all built
without measures purposely applied to reduce wetting of
the framing. Building No. 1, a 4-storey building framed
in the winter, used local SPF (Spruce-Pine-Fir)
dimensional lumber for both wall plates and studs.
Building No. 2, a 5-storey building with Part A framed
in the winter and Part B framed in the summer, used SPF
dimensional lumber for the wall studs and Douglas-fir
for the wall plates. Building No. 3, a 6-storey building
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framed in the relatively dry season, used similar framing
materials and methods as Building No. 2. The MC
measurement was intended to provide baseline moisture
information for monitoring vertical movement in these
three buildings and identifying on-site moisture
protection needs. MC was measured during framing on
site visits using a hand-held capacitance-based moisture
meter (Wagner Digital Recording Moisture Meter,
Model L 610). This device measures average MC close
to the wood surface and was used to show general trends
of the wood MC changes during construction. The
device has better accuracy for measuring MCs ranging
from 6% to 25%. Occasionally the moisture meter
showed readings around 34%, indicating that the MC
was beyond the capacity of measurement. Wood-based
panels including plywood and OSB or structural
composite products were not measured since calibration
coefficients were not available for measuring their MC
using this device. Weather conditions varied during the
site visits. The measurements were randomly conducted
on sill plates, bottom plates and studs of walls on each
floor close to the vertical movement monitoring
locations, with over 20 measurements for each category
(e.g., the bottom plates on the 2nd floor). In addition,
resistance-based moisture sensors were installed in a few
locations in Buildings No. 2 and No. 3 to measure the
MC from construction to service.

construction without taking much account potential
moisture entrapment. The moisture conditions in mass
timber construction may be different due to the use of
materials with different initial MC and water absorption
and trapping mechanisms.

Heating
provided

Figure 1: Changes of moisture content during
construction, measured approximately at chest height of
studs on the 1st floor of Building No. 1

2.2 RESULTS AND DISCUSSION
It was found that the MC readings did not exceed 30%
very often during the construction in a relatively wet
season, without much intentional on-site moisture
protection. However, there was a wide range in the
readings resulting from different degrees of exposure to
various wetting sources. In general the wood members
on lower levels were relatively well protected by the
upper floors and roofs. But standing water on concrete
slabs greatly increased the MCs of the sill plates as well
as the bottom part of each stud. The average MC
remained around 20% during framing in the wet season
before the roofs and exterior walls provided protection
against rain penetration (Figures 1 and 2). Forced drying
such as by using space heating or dehumidification
therefore became necessary to dry the wood quickly to
achieve a MC below 19% before it was closed in the
assemblies. The National Building Code of Canada
requires that the MC of wood shall not be more than
19% at the time of installation [6]. This requirement is
typically expanded by practitioners to be the MC limit
before enclosure. By comparison, the need for moisture
protection or forced drying is greatly reduced under drier
weather conditions. The field measurement showed that
the MC of most dimensional lumber stayed considerably
below 19%, with an average MC of about 15% in the
summer in the same area (Figure 3). Related to this, the
resistance-based moisture pins installed in Building No.
2 and No. 3 indicated that the average MC of
dimensional lumber in building service was around 8-9%
in this climate. The MC in exterior walls was proved to
be slightly higher than those in interior walls. Note that
these MCs were obtained from light wood-frame

Figure 2: Changes in moisture content measured from
sill plates on the 1st floor during construction of Part A
of Building No. 2

Figure 3: Average moisture content of dimensional
lumber measured during framing of Building No. 3
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3 LABORATORY ASSESSMENT FOR
WETTING AND DRYING
PERFORMANCE
The following two subsections describes and discusses
the laboratory tests that have been conducted so far to
assess the wetting and drying performance of woodbased decks that can be used for roofs or floors in order
to identify the needs for on-site protection or more
robust design measures [7, 8, 9].
3.1 Plywood, OSB, CLT, and LVL
3.1.1 Laboratory Assessment
Thin panels, such as plywood and OSB, are
conventionally used as roof or floor deck/sheathing in
North America and mass timber systems built with CLT
and laminated veneer lumber (LVL) etc. are increasingly
used, mostly in non-residential construction. Roof decks
are typically subjected to high moisture risk due to the
high potential of wetting that may occur both during
installation and in service. Their drying ability therefore
becomes very important.
A range of small-scale roof assemblies were built using
plywood, OSB, CLT, or LVL as the deck to assess the
differences in wetting and drying potential. The plywood
and OSB specimens tested were commonly used roof
sheathing products used in larger buildings, both 19 mm
in thickness. The CLT panels were made with 3-ply
lumber and about 100 mm in thickness. The LVL was
made with 13-ply veneer and about 40 mm thick. The
major species was SPF for these products except for
OSB, which is typically made with aspen in North
America. Most of the deck specimens were cut into
dimensions of 300 mm × 300 mm, referred to as “small
roof assemblies”; and some had dimensions of 900 mm
× 1200 mm, referred to as “large roof assemblies”. They
all had 3 replicates for testing.
Each deck specimen, with edges sealed with epoxy, was
wetted using a controlled spray of water to simulate a
severe wetting scenario caused by rain at a construction
site. The specimens were placed on shelves under spray
nozzles in the laboratory. The environmental RH was
controlled at 90% with a temperature of 20°C. The top
surface of each panel was sprayed hourly for about 2
weeks, with each spray lasting 5 seconds. This wetting
scheme was intended to simulate the frequent small rain
events in the coastal climate of British Columbia, with
an estimated precipitation of about 300 mm in total.
Each deck specimen was then built into a roof assembly
to test its drying rate. Most test assemblies had a single
layer of material, except for a few built with 2-layer
plywood, which was dictated by the structural
requirements in some building projects.
A type of self-adhered impermeable membrane, or
standard 15-pound roofing felt plus asphalt shingles,
simulating different roofing systems, was used to cover
the wetted top surface of each deck specimen. Closedcell spray foam insulation was applied on the bottom

surface in several assemblies, simulating an interior
insulation with low vapour permeance to assess its
impact on the drying performance. Open-cell spray foam
was applied in a few specimens as a reference of a more
vapour-permeable interior insulation product. Figure 4
shows a typical roof assembly for testing. The
assemblies with built-in moisture were subsequently
exposed horizontally under different conditions to assess
their drying rates. A larger group of test assemblies was
exposed in a shed, which was covered but open to
outside on one side, without solar exposure, mechanical
ventilation, or space heating. This was used to simulate
the condition of a newly built roof in this climate, when
the roof deck was severely wetted during construction
and then covered with membranes, before any space
heating could be applied. A group of smaller specimens
were placed in a conditioning chamber for drying, with
the RH controlled around 70% at a temperature of 20ºC.
This would allow for comparison of drying performance
when other assemblies are tested in future. In addition, a
smaller group of large specimens was installed above
plywood boxes, measuring 900 mm × 1200 mm × 1200
mm (height), set up in the same shed (Figure 5). A small
heater was placed in each box to maintain a temperature
of around 20ºC, thereby creating temperature
differentials across the roof assemblies. This was used to
assess the effect of a purposely created drying force, but
under reversed temperature differential conditions. It
was assumed by many practitioners that the impermeable
roofing membrane above the plywood would prevent the
drying driven by such temperature gradients. The drying
rates of most decks were monitored by periodically
weighing each roof assembly, followed by calculating
the average MC of each wood deck. Reference
specimens of plywood, OSB, CLT, and LVL without
any covering material were exposed in the exterior to
assess the wetting and drying rates under the natural
exposure conditions. Resistance-based moisture sensors
were installed in the different layers of a large plywood
specimen, which was covered with an impermeable
membrane on the top and installed above a heated
plywood box, to better assess the drying performance
under conditions of reversed temperature differentials.
Sensors were also installed in a large CLT specimen to
assess MC changes in the different boards during natural
exposure.
Membrane (self-adhered
impermeable membrane in
most assemblies, and roofing
felt + asphalt shingles in a few
assemblies)
Edge sealing
Wood deck (built with
plywood, OSB, CLT, or LVL).
Spray foam was installed
underneath the wood deck in
several assemblies.
2×4 SPF lumber (used for
small-scale assemblies as
support

Figure 4: A typical roof assembly used for drying test
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Figure 5: Large plywood specimens, covered with selfadhered impermeable membrane, installed as the roof of
a heated plywood box in shed
3.1.2 Results and Discussion
3.1.2.1 Wetting Potential
Figure 6 shows the average MCs of the different types of
deck materials before and after the laboratory wetting,
and when appropriate, after 2 months of exposure in the
exterior. The composite materials including plywood,
OSB, and LVL, all started with an initial MC of about
6% before the wetting, and the CLT specimens started
with an initial MC of about 12%. After the laboratory
wetting for about 2 weeks, the small plywood specimens
achieved the highest average MC among the materials
tested, around 70%. This was followed by the small OSB
specimens, with an average MC of about 60%. The large
plywood specimens had a lower MC of about 54%, with
a possible reason that the number of nozzles was not
large enough to cover the entire surface of a large
specimen during the laboratory wetting. By comparison,
the LVL specimens achieved an average MC of about
32% and the CLT specimens showed the lowest average
MC, about 25%.
The controlled laboratory wetting scheme was partially
justified by the comparable MCs achieved by the same
deck materials after 2 months of natural exposure during
the wet season in this climate (Figure 6). There were
about 36 days with precipitation above 0.2 mm, in a total
precipitation amount of 190 mm during the natural
exposure. The amount of moisture absorbed and kept
during wetting for a given material is associated with the
frequency of wetting (e.g., rainy days), amount of water
(e.g., precipitation), humidity levels, and other
environmental conditions. The period of wetting is
usually believed to be more important than the total
amount of water falling on a wood surface to increase
the MC and to potentially cause decay. The rainy climate
in the coastal climate of British Columbia, in the winter
season in particular, certainly imposes a high rain load
on exposed exterior wood and requires much attention to
on-site moisture protection.
The average MCs calculated above were based on
weight changes and did not reflect localized wetness.
However, they showed that these different materials had
very different levels of water absorption and wetting
potential, or conversely, different levels of resistance to
water absorption and internal distribution, when exposed

to liquid water sources. These material properties are
affected by factors such as wood species, manufacturing
methods, sizes (e.g., panel thickness), adhesive contents
of composite materials, and surface treatment if present
[2]. Most Canadian softwood species, such as SPF,
Douglas-fir, and hemlock, are known to have high
resistance to water absorption and penetration. But long
exposure time (e.g., weeks) will lead to deep wetting in
dimensional lumber and solid sawn heavy timbers. Gluelaminated solid wood products, such as glulam and CLT
usually have the similar attributes. The larger CLT
specimen exposed exterior in this test showed that the
central area of each board was very slow in gaining
moisture even in a wet season; however, the slowly
increased MC level stayed even in the dry summer
season. It was also found that the gaps inside a CLT
allowed water to penetrate into the edges of the internal
boards. Compared to solid wood products, the microvoids and increased exposure of wood end grains
introduced during manufacturing are the main reasons
why most composites have higher wetting potentials.
However, these same features may facilitate drying
under favourable conditions. In general the easier it is for
moisture to get in; the easier it would be for moisture to
evaporate under the same conditions. However, as
further discussed below, drying takes time and reducing
wetting is always a higher priority during construction.
The wetting potential of a material may therefore dictate
the level of on-site protection that is needed.

Figure 6: Average moisture content before and after
laboratory wetting and after 2 months’ outdoor exposure
from January to March in Vancouver
3.1.2.2 Effects of Membrane, Insulation, and Heating
Figure 7 shows the large impacts of materials with low
vapour permeance covering both sides of a deck on the
drying rates. In this case, when a roof deck, regardless of
whether it was plywood, OSB, CLT, or LVL, covered
with an impermeable membrane on the top and closedcell foam underneath, the MC of the wood barely
changed during the entire test period of over 6 months.
Obviously moisture could not readily evaporate from the
top surface because it was stopped by the impermeable
membrane, and could not escape from the bottom
surface, either, when transmitted across the thickness of
the panel, due to the low vapour permeance of the
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closed-cell spray foam. Thick wood panels do not allow
quick moisture transmission across the thickness, either
[10], as shown below again with CLT. The inspection
after the drying test found dampness of the wood
surfaces, or even liquid water on the impermeable
membrane in some assemblies, and mould growth on
several specimens. This confirms that wood should never
be closed in with materials with low vapour permeance
due to the eliminated drying ability.
When a deck specimen was exposed underneath, i.e.,
when the top surface was covered with the same
impermeable membrane but the bottom surface was not
covered with closed-cell spray foam, the drying
performance was significantly improved for the
plywood, followed by the OSB, and then the LVL
specimens. However, the MCs stayed flat for the CLT
panels, with and without closed-cell foam underneath the
panels. These phenomena in general reflect the
resistance of a material to transmission of liquid water
and vapour across the thickness and consequently the
impact on the wetting or the drying performance. The
data shows that for thick roof/floor decks in a building,
drying towards the interior will be very slow even under
favourable conditions and therefore should not be relied
on as a practical solution to drying construction moisture
or rain leaks in service. Other measures, such as
integrating interior cross ventilation, should be taken to
improve the drying performance [11].

Figure 7: Average moisture content of four types of
decks, covered with impermeable membrane on the top,
with and without closed cell foam underneath

Figure 8: Average moisture content of plywood decks in
various roof assemblies in the shed
Regarding different roofing materials, it is often
perceived by practitioners that compared with
impermeable synthetic roofing membranes, standard
roofing felt and asphalt shingles should have much better
“breathability” and therefore would allow wood to dry
out quickly. However, this perception does not appear to
be borne out by this test, as previously suggested by
Lstiburek et al. [12] for ventilated attic applications.
Comparing the two curves in Figure 8 for plywood, with
the initially wetted top surface covered with an
impermeable membrane or felt + shingles, with and
without closed-cell spray foam underneath, the use of
felt + shingles showed slightly higher drying rates, but
the advantage appeared to be only marginal. It also
shows that the assemblies built with 2 layers of plywood
were much slower in drying, compared with the single
layer counterparts, when both were covered with an
impermeable membrane on the top. Not surprisingly the
plywood assembly with no membrane, only with the
bottom surface covered with open-cell foam, had the
best drying performance.
This test also suggested that drying would take a long
time once wood panels get severely wet. Figure 7 shows
that it took about 30 days for the most permeable
assembly in this test, i.e., the plywood covered only with
open-cell foam underneath, to dry from 70%, the initial
MC after wetting, to 30%. It took 50 days for the
plywood covered with felt + shingles on the wetted
surface, and 70 days for the plywood covered with
impermeable membrane on the wetted surface, to reach a
MC below 30%. For the assemblies built with 2 layers of
plywood, the MC stayed above 40% for about 100 days,
and above 30% for about 160 days. Research has shown
that at a temperature around 20°C, decay fungi can
colonise kiln-dried wood products when the MC rises to
a threshold of 26%, which can be considered the low end
of fibre saturation point (typically 26% to 30%) [13].
Under such marginal moisture conditions, it takes at
least several months or years for structural damage to
occur when all other conditions are favourable for decay;
but higher MC can speed up decay dramatically (e.g., in
weeks). For convenience of roughly comparing the
drying performance among assemblies, taking into
consideration wood surfaces where colonization would
initiate will be typically drier than the average of the
cross section during drying, an average MC below 30%
is considered safe here. Apparently the risk for the most
impermeable assemblies, i.e., with both impermeable
membrane and close-cell foam, would be the highest
from the perspective of the wood moisture conditions
conducive to decay.
Figure 9 shows the effect of reversed temperature
gradients on the drying performance of plywood covered
with an impermeable membrane. Forced drying methods,
typically space heating can be used to accelerate drying
during construction in a relatively convenient and costeffective way, when necessary. It appeared that space
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heating, provided in the plywood box below, dried this
large reference plywood specimen relatively quickly.
The surface measuring spots in the top layer of plywood
right below the membrane, i.e., a location with the
highest risk reached a MC of about 20% after about 40
days in the heating season (April, May). Apparently
moisture was able to dissipate from underneath, in the
direction opposite to the temperature gradients.
Increasing temperature in the wet wood increased the
internal vapour pressure and the increased vapour
pressure gradients must have driven the moisture
towards the heated box below. This drying ability under
reversed temperature differentials may not be anticipated
by all practitioners. The test overall demonstrated the
effectiveness of space heating in drying light woodframe construction before enclosure in a wet climate.
However, heating will not be highly effective for drying
mass timber construction, as shown below for NLT
assemblies.
Moisture Content (%)
April 1, 2015

Aug. 1, 2015

Nov. 1, 2015

Figure 9: Moisture content readings from sensors
installed in different layers of plywood covered with
impermeable membrane and with space heating below
3.2 Nail-laminated Timber
3.2.1 Laboratory Assessment
Build-up assemblies, such as NLT, have been
increasingly used, particularly in commercial and
industrial construction. They offer many advantages,
particularly where large spans are required, compared to
traditional light-frame systems built with dimensional
lumber and sheathing panels. However, built-up
assemblies (including the 2-ply plywood tested above)
tend to have high wetting but low drying potential,
primarily due to the small gaps introduced by
mechanical lamination. In typical Canadian practice, the
nail lamination of boards is pre-fabricated in a factory,
with the sheathing on the top, typically plywood, preinstalled in the factory or installed at the site. The areas
where plywood connects the adjacent NLT can only be
installed at the site to meet structural requirements.
Prefabricators also try to pre-install a protective
membrane to reduce the wetting potential during
construction [14]. This test aimed to assess the wetting
and drying performance of a range of NLT assemblies to

identify practical solutions to on-site
management in the North American context.

moisture

NLT (called “a beam” when there was no plywood
sheathing on the top) were built to simulate floor or roof
decks. Each beam consisted of 6 boards of nominal 2 in.
× 8 in. (38 mm × 180 mm) Douglas-fir dimensional
lumber, being 900 mm long. In addition to reference test
beams without covering material, a few NLT beams
were covered with plywood sheathing, with or without a
gap in the middle to simulate a joint between plywood
sheets in field. In a few test specimens, a type of
membrane was installed between the beam and the
sheathing or above the sheathing as a potential protection
mechanism for the NLT. Three types of membranes
including Grade D building paper (asphalt-treated kraft
paper, HAL-TEX 30 MINUTE), a vapour-permeable
plastic membrane (a plastic housewrap, DuPont), and a
vapour-impermeable self-adhesive membrane (Henry
Company) were assessed for their potential protection
against water penetration.
In further detail, three groups of assemblies were tested
under different wetting and drying conditions. One group
consisted of test assemblies, which were pre-built (with a
NLT beam only or with plywood sheathing and building
paper installed on the top as well) and subjected to the
laboratory wetting through spray of water as described in
Section 3.1.1. The specimens were consequently set up
in the shed for assessing the level of moisture protection
that had been provided by the sheathing or the building
paper during the wetting period and the drying rates
afterwards. The second group was subjected to the same
scheme of laboratory wetting, and subsequently drying
in the shed. But the NLT beam and the plywood
sheathing of each assembly were separately wetted by
spray of water to simulate the worst scenario of wetting
that could occur at a site. They were then assembled into
test specimens and installed above the plywood boxes to
assess the drying performance, with or without an
impermeable membrane covering the wetted top surface,
and with or without purposely created temperature
differentials simulating space heating (Figure 10). In
addition, a group of specimens were set up outdoors for
assessing their wetting and drying behaviour, including
the potential protection provided by three membrane
products under the same natural exposure conditions
(Figure 11). In this test several moisture sensors were
installed at various locations of each test assembly to
measure the changes of local MC.
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Moisture Content (%)

Figure 10: A nail-laminated timber assembly
undergoing drying above a plywood box in the shed

Surface areas
Central board areas

April 1, 2015

Aug. 1, 2015

Nov. 1, 2015

Figure 11: Nail-laminated timber assemblies under
outdoor exposure
Figure 12: Moisture content in nail-laminated timber
without sheathing on top and dried in shed after
laboratory wetting

3.2.2 Results and Discussion

Plywood

Moisture Content (%)

Locations in NLT

April 1, 2015

Aug. 1, 2015

Nov. 1, 2015

Figure 13: Moisture content in nail-laminated timber
with plywood sheathing on top and dried in shed after
laboratory wetting

Moisture Content (%)

3.2.2.1 Moisture Protection Provided by Sheathing or
Building Paper during Laboratory Wetting
Overall the wetting scheme used in the laboratory
through controlled spray of water was more intense than
the natural wetting during the outdoor exposure. For an
unprotected NLT beam, the sensors installed in the
surface of NLT showed MCs of over 40%, indicating
that these locations were very wet with MCs beyond the
upper measurement limit, when the drying test started in
the shed (Figure 12). But they also dried relatively
quickly under the sheltered conditions in the shed and
the MCs reached 20% after about 2 months. However,
the central measurement locations showed MCs close to
30% at the beginning; moreover, the MC stayed high for
an extensive period of time. They slowly dropped to
20% at the end of August, 5 months into the drying test
after a drier than normal summer. This might have led to
decay but the specimen was not opened for inspection.
When there was plywood sheathing on the top (Figure
13), the NLT beam stayed relatively dry.
Not
surprisingly the plywood on the top showed very high
MCs, exceeding the upper limit of 45% of the MC
measurement system after the laboratory wetting
procedure. But it also dried relatively quickly, with the
MCs falling below 20% in mid-June, after about 2.5
months in the shed. However, when there was a gap in
the sheathing, not only the plywood itself but also the
NLT beam below showed considerable wetness. This
implies that the joints in sheathing should all be sealed
after installation in field to avoid trapping moisture and
increasing the moisture risk of the NLT below. When
building paper was used for protection, either being
installed between the sheathing and the NLT above or
directly above the sheathing, some moisture was still
able to pass the sheathing and reach the NLT below
(Figure 14). The NLT appeared to be slightly damp with
a surface (below plywood) MC of around 20%. This test
demonstrated the risk of NLT due to moisture
entrapment as well as the moderate level of on-site
protection that may be provided by sheathing or building
paper.

Surface of NLT
Central board

April 1, 2015

Aug. 1, 2015

Nov. 1, 2015

Figure 14: Moisture content in nail-laminated timber
with building paper installed for protection during
laboratory wetting and dried in shed
3.2.2.2 Protection Provided by Membrane during
Natural Exposure
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Data collected during this exposure was used to only
show MC change trends since missing data occurred
frequently during this test lasting approximately 2.5
months. The reference NLT specimen (without plywood
or membrane on the top) showed high MCs, not only in
the top surface but also in the central areas, due to the
intense rain after the specimen was set up in December.
Regarding moisture protection provided by a membrane
product, it appeared that the impermeable membrane
provided the best protection to the plywood and NLT
below. The MC at the two measurement locations in the
top surface of the plywood stayed low during the
exposure. By comparison, neither the building paper nor
the vapour-permeable plastic membrane was able to
completely stop moisture penetration, with the MC
readings from the top surface of plywood around 35%
throughout this period of natural exposure. The MC
readings from the NLT were roughly below 25%. The
building paper appeared to be slightly more waterresistant than the plastic membrane. Integrating either of
them between the beam and the plywood provided
slightly better protection to the NLT compared to
installing it above the sheathing. Note that installing a
plastic membrane on a horizontal structure, such as a
floor or a roof, may make the surface slippery and
caution is therefore required.
In terms of implications on practical on-site protection
measures, heavy-duty roofing membranes are much
more water-resistant and can provide better protection
than the commonly used vapour-permeable membranes
used in exterior walls. Pre-installing a roofing membrane
on a sheathed NLT can work well for a roof structure,
when the protection work is coordinated with the roofer
and other parties involved. Note that roof areas that are
to be connected with adjacent NLT or plywood
sheathing and cannot be pre-assembled due to structural
reasons should be kept to a minimum. Those areas will
require immediate protection once assembled at the site
to prevent moisture ingress and entrapment.
However, for other NLT applications such as floors and
elevator shafts, where installing a roofing membrane or
other impermeable membrane becomes not practical, a
light-duty membrane may be pre-installed as a
temporary protection measure. Note rain may pass
through the membrane, particularly when used on a
horizontal surface. The assemblies should therefore be
sheltered by other parts of the building (e.g., roof) for
more reliable protection as soon as the construction
allows. Space heating may be needed to speed up drying
if rainwater is found to have passed the protective
membrane during construction. If the selected membrane
is vapour-permeable such as building paper, the
membrane may be installed right above a NLT deck if
the sheathing has to be installed at the site. This will
provide slightly better protection to the NLT and also
avoid potential damage to the membrane by wear and
tear during construction. It should be pointed out that
compared to relying on a protective membrane, the most
effective and reliable on-site protection can be provided
by a temporary roof/shelter by using impermeable plastic

membranes [2]. In a wet climate, planning the work
around a temporary roof may become cost-effective as it
brings certainty to protecting products/assemblies that
are highly susceptible to entrapping moisture and tend to
dry slowly after any wetting incident.
3.2.2.3 Effect of Space Heating on Drying
It has been shown in Section 3.1 that space heating is
effective in drying single-layer plywood sheathing, even
under reversed temperature differential conditions.
When a wetted test assembly which included both NLT
beam and plywood with no membrane on the top was
installed above a plywood box without heating, both
plywood and NLT beam dried slowly (Figure 15). Most
measurement spots in the NLT beam stayed above a MC
of 20%, except the bottom surface, with the MC reduced
below 20% in about 2 months. The plywood also stayed
wet, with the MCs above 20% throughout the entire test
period of 7 months. When the same assembly was set on
a plywood box with heating provided inside, the drying
of both plywood and NLT beam appeared to slightly
speed up, particularly the plywood over the summer. The
MCs in plywood reduced to around 20% after about 2
months. But the central areas of NLT did not drop to
20% until the end of August, after about 5 months into
the drying test.
The worst scenario occurred when the assembly was
covered with a vapour-impermeable membrane and there
was no heating in the plywood box underneath. The MC
readings from most measuring locations in both of the
plywood and the NLT beam overall stayed flat after the
laboratory wetting. Providing heat in the box appeared to
slightly speed up drying of the portion of the NLT beam
right above the heated space (Figure 16); but the heating
did not improve drying of the plywood sheathing on the
top (Figure 17). The MC readings from the top and
middle layer of the plywood actually increased in the
summer. This could have been caused by moisture
movement resulting from increased internal drying
forces (e.g., increased vapour pressure due to the warmer
conditions); however, moisture dissipation to the exterior
was completely stopped by the impermeable membrane
installed on the top.
The test indicates that when materials are wet, they
should be dried before assembly or enclosure. An
assembled system will have greatly reduced drying
ability, even when there is no impermeable material
(e.g., vapour-impermeable membrane, plastic foam) to
stop moisture evaporation, and with forced drying
provided. The water and vapour permeability of a
material has a large effect on the drying ability. Most
wood products are not permeable enough to allow quick
moisture dissipation; the internal resistance to moisture
movement also greatly increases with increase in
thickness. Space heating is most effective in accelerating
drying of thin or small elements (e.g., plywood). But its
effectiveness will greatly reduce with increase in the
depth of products/assemblies, since wood is a good
insulator to reduce heat conduction. Some level of air
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Moisture Content (%)

Central areas of
NLT

Bottom surface of NLT

Moisture Content (%)

flow can improve heat transfer and consequently the
drying rates; but the boards of NLT are usually in close
contact to meet structural requirements. The gaps
between the boards are further minimized in wet
assemblies resulting from swelling, particularly when the
assembly has been installed and structurally confined
around its perimeter. However, when a NLT becomes
wet during construction, heating plus ventilation, such as
in a means of blowing hot air, remains probably the most
practical solution to accelerating drying and is strongly
recommended, especially in a cold and damp climate.
Ideally the hot air should be in direct contact with the
NLT surface, i.e., removing any sheathing or membrane
on the top, if it is present. Any impermeable membrane
should always be removed prior to use of forced drying
since they completely stop moisture dissipation from the
particular surface.

Different layers in plywood

April 1, 2015

Aug. 1, 2015

Nov. 1, 2015

Figure 17: Moisture content readings from sensors
installed in plywood sheathing covering nail-laminated
timber, with membrane on the top and space heating
below the NLT

4 CONCLUSIONS
The major conclusions and implications that can be
drawn in this paper include:

April 1, 2015

Aug. 1, 2015

Nov. 1, 2015

Figure 15: Moisture content readings from sensors
installed in nail-laminated timber, covered with plywood
sheathing, without membrane on the top or space
heating below
Moisture Content (%)

Bottom surface of
NLT

April 1, 2015

Central areas
of NLT

Aug. 1, 2015

Nov. 1, 2015

Figure 16: Moisture content readings from sensors
installed in nail-laminated timber, covered with plywood
sheathing and membrane, with space heating below

1. Without any purposely provided on-site protection,
the MC of “S-Dry” SPF and Douglas-fir dimensional
lumber remains around 20% on average before a light
wood-frame building is sheltered and heated in the wet
season in the coastal climate of British Columbia.
However, the MC level is considerably lower, around
15%, when it is framed in the relatively dry season in the
same area. As expected on-site moisture protection is
more important for wood construction in the wet season.
2. Different wood materials have different wetting and
drying potentials and may require different levels of onsite moisture protection. In general thin composite panel
including plywood and OSB have high water absorption
when exposed to water but may also dry relatively
quickly under favourable weather conditions. CLT, a
type of glue-laminated solid wood panel, shows a
relatively low wetting potential, especially in the central
areas of the boards. However, those areas also dry very
slowly once wetted. As an example of built-up
assemblies, NLT has a high potential to trap moisture
between the boards and the subsequent drying will be
very slow.
3. Wet wood members should always be dried prior to
further assembly or enclosure. The drying is much slow
for thicker products/assemblies, such as 2-layer
plywood, LVL, CLT, and NLT and therefore, preventing
wetting becomes more critically important. Any
roof/floor deck should be avoided to be enclosed in
materials with low vapour permeance (e.g., impermeable
membrane on the top and closed-cell spray foam
underneath) due to the eliminated drying ability.
4. For NLT, a small degree of protection can be provided
by the sheathing on the top, such as plywood when it is
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installed prior to exposure. The gaps in the sheathing,
when pre-installed, should be immediately sealed upon
installation to prevent localized moisture entrapment in
the NLT. However, the sheathing, typically being
absorptive of water, should also be pre-protected, if
possible.
5. On-site moisture protection may be provided by a
membrane product. The protection provided by the
building paper appeared to be slightly better than that by
the plastic membrane assessed in this test; but neither of
them showed adequate moisture protection during the
outdoor exposure test. In field these products are only
recommended for use as a temporary protection measure
when more advanced methods are not possible. The
building paper or plastic membrane may be pre-installed
above a NLT in the factory if the structural sheathing has
to be installed at the site. Note a plastic membrane may
make a horizontal surface slippery and should be
avoided for structures, such as a floor or a roof.
6. Space heating is most effective in drying relatively
thin products/assemblies, such as plywood, even under
reversed temperature differential conditions. However,
heating is much less effective in drying thick and large
built-up members, such as NLT.
To conclude, assemblies that have poor drying
performance after wetting require more attention to
reducing the wetting potential through on-site protection
and to increasing the drying performance through robust
design measures.
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NRAS INVERESK – A CASE STUDY IN TRANSITIONING TO ADVANCED
OFF-SITE CONSTRUCTION WITH WOOD
David Bylund1, Gregory Nolan2
ABSTRACT: An increasing number of off-site construction projects utilising prefabricated timber solutions are now
being attempted in regions outside of central and northern Europe. As these new developments appear, a variety of
potential building case study projects present themselves, highlighting a range of regional issues that are unique to their
situation such as the established prevalent building culture and knowledge base and the timber type and availability.
One such example is the National Rental Affordability Scheme (NRAS) four-storey student housing project, situated on
the University of Tasmania’s Inveresk campus in Australia’s most southern state. This paper will explore the Australian
context that new building methods will encounter when entering an established building culture as well as a range of
specific issues that have arisen from the NRAS Inveresk project as Tasmania’s first building procured through the use
of advanced off-site construction methods combining volume modules and Cross Laminated Timber (CLT).
KEYWORDS: Multi-residential, modern methods of construction, off-site construction uptake, Australia,
prefabrication, Volume Module Construction, Cross Laminated Timber, CLT, Massive Timber, NRAS Invermay

1 INTRODUCTION 123
In keeping with trends across the developed world,
Australia is experiencing an increased level of interest in
modern methods of timber construction that have been
inspired by practises in some parts of German-speaking
Europe and Scandinavia and their surrounding areas over
the past decade.
Due to its geographic isolation, Australia must observe
these developments from afar. In conjunction with other
factors, the impetus resulting from Europe’s progress is
beginning to influence in new developments in the
Antipodes. These developments, while not unexpected,
have been expressed with a degree of disjointed
acceptance and a limited understanding of new
technologies and their potential application/benefits to
Australia’s built environment.

What implications does this have on the acceptance of
new building techniques and how might these influence
their uptake on a more regular basis?

2 BUILDING IN AUSTRALIA
Australia is an advanced economy operating with a well
established design-focused construction industry. As
with most developed countries, its construction market
can be broadly separated into residential and commercial
sectors. The majority of Australians live in free-standing
single and double storey bungalows in expansive low
density suburbs [refer Table 1] that regularly rate highly
in world standard of living measures such as The
Economist’s Global Liveability Ranking 2015 [1] and
Mercer’s Quality of Living Rankings in 2015 [2].

Key projects, such as Lend Lease’s Forté and Docklands
Library in Melbourne, received extensive attention from
the media and professionals alike, but limited cross
project/industry knowledge transfer has occurred and as
such, new projects must often overcome similar
technical, cultural and material hurdles anew.
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Table 1 : Australian Dwelling Structure – Free Standing
Houses & Multi-residential [4]
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Both the residential and commercial construction sectors
rely on sub-contractors for labour. Buildings are
constructed on site in the traditional sequential manner
using brick, or timber, (either prefabricated wall frames
and roof trusses or with the ‘stick’ method), steel and
concrete.
2.1 EMERGENCE OF PREFABRICATION
OPPORTUNTIES IN AUSTRALIA
Factors, such as increasing urbanisation within capital
cities, rising steel prices and the higher cost of available
land, have combined in Australia to cause architects,
builders and developers to consider international
developments in advanced prefabrication construction.
Other trending influences are increasing occupational
health and safety requirements, constraints of on-site
access, site noise restrictions and water shortages and
escalating skill limitations. All of which are predicted to
favour increases in off-site construction [5].
The increasing internationalisation of top tier Australian
building companies, such as Lend Lease, who are
experiencing a greater degree of prefabrication in their
non-Australian building contracts, is also having a flow
on effect in their Australian operations as exampled by
their recent completion of the Forté building and
Docklands Library.
The recent adoption of deemed-to-satisfy Fire Protected
Timber solutions by the Australian National
Construction Code (NCC) allowing timber construction
in multi residential and commercial buildings (classes 2,
3 and 5 buildings) up to an effective height of 25 metres
is also a key development [3].
The above factors, and others, have the potential to
create opportunities for prefabrication which, in turn, can
create opportunities for an increase in the use of timber
in construction.
Currently, the use of massive timber systems such as
CLT and largely complete, timber-rich prefabricated
modules is novel in Australia. There is no indigenous
CLT production and CLT construction has been limited
to three Massive Timber buildings in four years. Apart
from the Author’s Wespine Kiln Control Facility project,
completed in 2013 that utilised nail laminated CLT wall
panels [9], the first predominantly CLT structures
completed in Australia are the previously mentioned
Forté apartments and Docklands Library building,
designed and built by Lend Lease.
The location of the Lend Lease projects features very
poor soil conditions location but considerable market
potential. The poor foundation conditions suited an
alternative ‘light weight’ building solution and the
location suited large scale projects. The use of a novel,
imported construction system, CLT panels from Austria,
in a 10-storey inner-city apartment building in Australia
generated significant project-based risk. However, the
strategic risks potentially avoided were the exposure to

additional costs and on-going building stability issues
due to the poor foundations.

3 NRAS INVERESK – A CASE STUDY
3.1 PROJECT BACKGROUND AND OVERVIEW
In 2015, the University of Tasmania commissioned a
four storey, 120 unit student accommodation building,
funded by the Australian Federal Government’s NRAS,
on its Inveresk campus. The choice of material and offsite construction methodology represent the first of its
kind in Tasmania and is now the subject of a national
study by the authors, researching the opportunities and
constraints facing Australian prefabrication and timber
construction for commercial and multi-residential
buildings.
In November 2013, a consortium of Tasmanian
architects invited the authors to join a tender to the
University of Tasmania for the role of principal design
consultants in a National Rental Affordability Scheme
(NRAS) project at the University’s Inveresk campus in
northern Tasmania. The project brief called for proposals
for a student accommodation building of 120 discrete
apartments and associated common and services spaces
on a flood plane adjacent to the North Esk River. While
strict cost and time constraints applied, the call for
proposals specifically encouraged innovation. The
successful tenderers were to be appointed in early 2014,
construction started in early 2015, and building handover occur occurred in February 2016.
The NRAS Inveresk project was the last of the
University of Tasmania’s four NRAS-funded projects to
be tendered. The first project set the basis as the
acceptable ‘default’ solution for this type of project for
the university. It used a basic pre-cast and tilt concrete
slab structure with internal joinery, fit-out and services
installed on site. The Inveresk site posed particular
challenges to this ‘default’ solution’s adoption. Located
on a river flood plain, ground conditions were known to
be very poor with a solid foundation about 18 metres
below existing ground level. A workable solution had to
either accept the cost of piling or be light and resilient
enough to make a raft slab a viable option.
The authors had first hand experience in successful
prefabricated module construction, advanced timber
fabrication and engineering design with wood, exposure
to European design and construction practice. They had
also proposed that the preferred innovative approach for
the project was a design based on the construction of
complete, factory-built apartment modules, assembled
from readily available timber systems by experienced
local building contractor.
3.2 NRAS INVERESK DESIGN SCHEME AND
INNOVATION
In shaping their proposal, the project team embraced the
client’s call for innovation and the need to avoid costly
foundation works if possible. They developed a three
storey solution on top of a concrete podium based on
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prefabricated, load-bearing timber apartment modules.
The proposed modules would be finished in a factory,
complete with internal finishes and joinery and external
façade elements, arrive at site in protective wrapping and
be lifted into their final position by crane.

Figure 1. NRAS Inveresk preliminary proposal: Top – Site
Plan and perspective view. Bottom – Section. Image credits.
Morrison & Breytenbach Architects

The use of largely complete, prefabricated timber
modules is novel in Australia. Multi-level timber framed
residential buildings are built, but these are invariably
site
assembled
solutions,
usually
combining
prefabricated timber frames for the walls and commodity
joist products or floor trusses for the intermediate floor
plates. Plasterboard systems provide fire resistance
between floors and apartments. Advanced timber
prefabrication for multi-residential building is rare. Wall
frame and truss (F&T) manufacturers provide the
principal timber prefabrication capacity in Australia but
their production is usually optimised to produce small to
medium house and project lots efficiently [4]. Given this,
they are wary of involvement in large projects or more
complex prefabrication techniques.
Even though prefabricated modules are increasingly
commonplace in Europe and they suited the client’s call
for innovation, it was novel solution in Australia;
novelty generates risk, and risk makes all participants in
the process nervous.
3.2.1 Managing the risk from innovation
Risk management influences the effective adoption of
innovation. Design practitioners can be innovative but
only inside the bounds of acceptable risk and within the
reasonable constraints of experience across the whole
design and construction team.
The likelihood of adverse events in building
procurement such as unanticipated costs, unexpected
construction delays, functional unsuitability and systems
breakdowns is high and can occur regularly. The
consequence of failure can also be high. In the worst
cases, they can lead to death and significant injury.
Invariably, building remediation is expensive and timeconsuming.

Given the likelihood and consequence of adverse events,
architectural practice generally involves deliberate and
structured risk management processes. These inevitably
encourage the practitioner not to change approaches or
methods whose performance can be reliably predicted,
even if they may be viewed as providing less than
optimal performance.
New methods inevitably face resistance to adoption as
the potential impact of adverse events that they may
cause is often given more weight than the potential
benefit of favourable events. This is based on an explicit
sensitivity to risk by clients, architectural practitioners
and partner professionals and an implicit lack of
understanding and confidence in the delivery of
innovation. This resistance is the norm and results from
the real and imagined risks perceived at each stage of the
procurement process. The level of this resistance at the
key decision points in the procurement process is
critical. If the perceived risk of innovation is felt to be
higher than its identifiable benefit at any point in the
process, innovation will generally be abandoned. As
novelty undermines confidence in the delivery of
innovation, participant caution is generated. The
standard consultant response to caution is overspecification while the standard builder response is to
load the tender price.
The preferred means of introducing substantially new
approaches to building is by collaborative engagement
between the researcher/innovation proponent and the
design and construction team. This is an educative phase
where the researcher introduces, trains and builds
confidence in the design team, cost consultants and the
risk managers in the delivery of innovation and its
benefits. This allows them to adjust their perceived risk /
reward ratio, or identify means of risks mitigation. In
this role, the researcher can become an intelligent broker
of innovation between the parties.
Disentangling this educative phase from the rest of the
procurement process can also reduce perceived risks.
With better knowledge gained during this separate stage,
practitioners can make informed decisions and
confidence increases [6]. Prototyping the solution
enhances this educative phase.
Acceptance of innovation and confidence in its use is
often incremental. The first application of innovation
regularly involves excess discretionary tolerances until
experience with the system generates confidence and
increases efficiency [7]. As most architect-designed
buildings are unique, each presents additional challenges
or the opportunity to refine innovative approaches.
Open, competitive tendering processes can also limit the
benefits of this educative phase as it can preclude
collaborative approaches. Open tendering requires all
enforceable requirements to be fixed, documented and
available to all tenderers equally. While early integration
with building contractors may be possible, a preferred
contractor’s eventual appointment cannot be guaranteed.
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The alternative to this is for a nominated subcontractor
to supply the innovative component. This may reduce
the innovation risk but increase the risk of excessive
costs. This is another constraint on innovative potential:
to be most widely accepted, a range of potential
contractors has to be able to use or supply the solution.
Securing the project with an innovative and locally
untried solution and satisfactorily delivering that solution
required separate risk-reduction strategies. These in turn
elicited particular responses from the participants.
To secure the project, the project team had to convince
the client that the Tasmanian building supply chain could
successfully deliver a timely and cost-effective timber
solution to the project based on prefabricated modules.
To simplify this task, they sought to reduce in the
client’s mind the perceived risk of the innovative leap
by:
• Proposing the modules be constructed from
readily available timber sections and engineered
wood products. This was to remove any
perceived material performance or availability
risk.
• Ensuring that several F&T fabricators would
assemble the modules’ floor, wall and ceiling
panels. Three fabricators were consulted to
confirm supply chain capacity.
• Inviting a major builder (and likely project
tenderer) to view, cost and provide an opinion
on the viability of the sketch design.
• Recommending that a prototype module be
built during design development to resolve
construction and façade details.

chain in a timely and cost-effective manner. To minimise
the chances of adverse risk, the design team proposed
and the client accepted the construction of effectively a
1:1 model (prototype) of a standard accommodation
module. The strategic aim of commissioning the
prototype was to generate designer and builder
knowledge and confidence in the module components.
The more practical aims were to:
•
•

Test the module’s performance and resilience.
Clarify fabric and services detailing and
construction tolerances.
Allow the module fabricator to confirm supply
chain capacity.
Provide tenderers with sufficient threedimensional information to allow them to price
the project competitively.

•
•

•
In effect, the design team split the project development
into three distinct phases. The first two, schematic
design, and detailed design development of the modules
through prototyping ran in parallel. The last phase,
design documentation, is where the outcomes of the first
two phases were integrated into an information set for
tendering. In doing this, the module development phase,
where innovation is translated into usable building
solutions, was effectively separated from the more lowrisk design development activities.
NOTES
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Each of these approaches reinforced the argument put to
the client that the proposed innovation presented a
manageable risk in a project of this size, and represented
a manageable refinement of accepted local building
solutions.
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The builders and F&T fabricators consulted welcomed
the project and the process of engagement. Having read
about these practices internationally, they were glad that
these techniques may finally be introduced to local
construction practice. They confirmed capacity and
provided the independent opinions requested.
The University of Tasmania’s selection committee listed
the team’s proposal as the preferred option citing its
evident innovation, but retained the ‘default’ concrete
solution as a fall-back option. To confirm their risk
exposure, they conducted a review of the preferred
option: requesting supplementary tender information,
and commissioning independent cost and engineering
analyses. This was a time-consuming process but when
positive assessments were returned, the client finally
accepted the design team’s proposal in mid-June 2014,
and appointed them as principal consultants.
With the project secured, the design team had to ensure
that the solution could be delivered through the supply
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Figure 2. Top - Computer model of the prototype structure.
Middle - cut-away scale model of a module. Bottom – The full
scale prototype. Image credits. Module and scale model and
3D images: Morrison & Breytenbach Architects
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Module prototype development was also scheduled in
stages to:
1. Develop and design the module through a
series of pre-construction workshop
sessions.
2. Construct the prototype structure with
subcontractor-provided
components,
partially line it with fire resistant
plasterboard, partially finish it internally and
complete services rough-in.
3. Demonstrate the module’s robustness in
transport through a trial lifting, transport and
return journey of more than 20km.
4. Use of the module to develop a wall
cladding system including glazing details,
fixing systems, and flashings.
5. Construct additional floor and wall panels to
refine details of inter-module connections of
adjacent wall and floor junctions. Test
acoustic separation, junction details and
tolerance.
6. External storage of the completed module to
demonstrate water-tightness and facilitate
tenderer inspection.
The prototype was documented and computer modelled
three dimensionally (see Figure 2), and was under
construction in August 2014. The completed prototype
module was made available to the various builders
throughout the tendering process to asses and confirm
their price and construction methodology.

Figure 4: CLT being installed on site.

Following the announcement of the successful building
contractor, the architects and client were approached by
the builder to remove the CLT from the project on the
grounds of their preference for a traditional solution. The
prevailing site conditions precluded the use of precast
concrete due to weight and the cost of fire protection
precluded the use of traditional timber or steel framing.
These arguments resulted in CLT being retained.

3.2.2 Tendering and Consequences
The building is comprised of prefabricated volume
modules for the apartments and CLT for all connecting
walkways and common areas. These two elements, in
combination, were deemed to be the most suitable for the
prevailing 18m deep silt river bank site conditions and,
in conjunction with the expected speed of prefabricated
construction, were instrumental in making the project
feasible over traditional solutions. They were also
considered a manageable balance between the builder’s
existing knowledge and experience in prefabrication
with timber and the introduction of a ‘new’ material to
Tasmania in the form of CLT.

Figure 3: Modules under construction in the factory.

Figure 5: CLT expressed in the stairwells.
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The authors believe this to be the first building in
Australia procured through a conventional tendering
processes to use CLT as an integral part of the project.
3.2.3 Built with Locally Available Materials
A key intent of the project was to use locally available
products and materials, with the exception of the CLT
components, and as such, a local chain hardware store
and a local frame and truss manufacturer was contracted
to supply the majority of the materials.
3.2.4 Off-Site Construction Facility
An empty warehouse close to the building site was used
to establish a temporary production facility for the
construction of the modules. The building contractor had
previous experience with prefabricated modular
construction and in Australian terms, would be
considered innovative because of their established use of
rolling assembly lines. This method, which is fairly
commonplace in parts of central and northern Europe,
allows for each module to be built at ‘stations’ having
been adapted from the automobile industry etc. Two
rolling assembly lines were established to produce the
modules, with the net result being one full module
produced per day (refer Figure 3). Each module was
finished with all services, insulation, cabinetry, internal
and external linings and floor coverings. Labour was
sub-contracted from local trades and inducted into the
off-site construction philosophy specifically for this
project. The work force’s transitioning from traditional
on-site sequential construction was initially slow, but
improved as workflow management techniques
developed and the workers’ familiarity with the project
and tasks increased. This resulted in a marked increase in
productivity over the term of the build.
3.2.5 Site Construction processes
Site construction processes differed significantly from
traditional building sites. Completed modules arrived by
truck and were craned into position and fixed into place.
This process allowed for a very quiet, clean build with
one floor per wing taking only one day. The project
featured four ‘wings’. Once all three levels of modules
were installed, prefabricated roof truss assemblies were
craned and fixed into place. The roof assemblies utilised
roof trusses manufactured off site. The roof was
assembled as a modular unit at ground level with the
sisalation, roof cover and safety anchors fitted prior to
being craned into place. The four wings of the project
were installed in modules in reverse order to their
assembly on the ground.

3.2.6 Outcomes and observations
Site issues encountered during the preparation
installation of the modules resulted in some delays to the
projected project completion. The manufacture of the
modules themselves proceeded relatively smoothly but
were delayed or slowed down on several occasions due
to issues encountered on site.
Providing adequate temporary waterproofing for the
volume modules during installation sufficient for the
Tasmanian winter proved problematic. Several top floor
apartments suffered from extensive water ingress
resulting in significant post-installation rectification.
Connection detailing between the CLT panels also
resulted in on-site installation difficulties. Tradesman
unfamiliar with large-scale heavy-weight timber panels
struggled to install the interlocking detail as designed by
the engineer. This was compounded by inaccuracies
encountered with the prefabricated steel work. The high
degree of dimensional accuracy achieved by the CLT
was not matched by the steel work. In discussion with
the authors, the contractor suggested that the use of both
a steel frame and the CLT (refer Figure 4), might not be
required in future projects in preference for CLT only.
This would potentially simplify the supply chain, avoid
dimensional inaccuracies and increase the speed of the
build process.
The prevalence of sub-contractor labour impacted the
knowledge flow resulting from the building experience.
When introducing a new construction method or
material, benefit can be gained via bottom-up feedback
from trades’ experiences throughout the build.
3.2.7 Construction Cost
At the time of writing, the project was being compared
to a similar scale and type of project that had been built
with precast concrete a year earlier. Preliminary
indications are that as a site specific solution, the
combination of modular timber and CLT was the most
economical and time efficient method of construction.

The central tower that connected the four wings was
framed with prefabricated steel and the CLT fitted into
the steel on a floor by floor basis (refer Figure 4).
Once all four wings were completed, the process of
installing the external timber frame, fire and weather
proofing began using traditional processes.
Figure 6: NRAS Inveresk complete: Top – View of Eastern
wings. Bottom – High standard of finish.
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involves risk through uncertainty in its outcomes. If
investigations are successful, the researcher’s
conclusions usually require a change in practitioner
behaviour. In contrast, architectural practice generally
involves managing the risk in the building procurement
process. This often encourages the practitioner not to
change approaches and methods so that the results can
be reliably predicted.
For the NRAS Inveresk project, the authors and other
members of the design team sought to introduce and
apply technical innovation to the local industry by
transferring solutions successfully developed elsewhere
to the construction of a 120-unit development in northern
Tasmania. Enabling the project and satisfactorily
delivering the solution required separate risk-reduction
strategies. These in turned elicited particular responses
from the project’s participants. The project team was
tasked with convincing the client that the Tasmanian
building supply chain could successfully deliver an
innovative but timely and cost-effective solution. The
project was completed in January 2016 on budget, on
time and has met or exceeded the client’s expectations
[8].
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THE NEW EUROPEAN TIMBER EXECUTION STANDARD
Andrew Lawrence1
ABSTRACT: This paper describes the background and evolution of the proposed European Timber Execution Standard.
The author is convenor of CEN/TC250/SC5 Working Group 9, which is responsible for preparation of the standard. A
draft of the standard is currently in preparation. This paper is intended to provide useful guidance to those planning to
use the proposed standard and will help smooth the introduction of the standard within member states. It describes the
aims of the standard, the existing national standards on which it is based, the scope and contents, the background to the
principal clauses and the aspects which it will not cover. The standard aims to ensure the safety of timber structures
designed to EN 1995. It therefore concentrates on such execution items as the minimum tolerances required to meet the
assumptions of EN 1995. It does not mandate tolerances to meet non-safety aspects such as appearance, but suggested
tolerances and typical appearance grades are included in an informative annex in the hope that these will be adopted by
member states to help encourage standardisation and competitiveness of the material. Other aspects to be left for
national choice will be discussed and explained.
KEYWORDS: Execution, materials, workmanship, fabrication, erection, assembly, tolerance, moisture

1 INTRODUCTION 123
Execution is defined in EN 1990 [1] as “all activities
carried out for the physical completion of the work
including procurement, the inspection and documentation
thereof.” EN 1990 further clarifies that “The term covers
work on site; it may also signify the fabrication of
components off site and their subsequent erection on site.”
European Execution Standards have already been
published for steel (EN 1090 [2], [3]) and concrete (EN
13670 [4]). However, no such standard exists for timber.
Timber execution is loosely covered by Section 10 in EN
1995-1-1 [5]. However, this gives very little detail and
therefore member states have written, or are in the process
of writing national standards or specifications to control
the execution of timber structures. Examples are Finland,
which has just published SFS 5978 [6] as a Finnish
Standard and the UK, where TRADA has produced the
UK National Structural Timber Specification (NSTS)
[7],[8] (Figure 1), for which the author was a member of
the steering committee. Others are included in the list of
references [11], [12], [13], [14], [15], [16] and [17]. These
national documents often go beyond the strict definition
of execution given in EN 1990 [1], to include such items
health and safety and contractual issues, reflecting the
legal and contractual arrangements in particular member
states.
As part of the major revision of EN 1995-1-1 [5] which is
currently underway, the committee (CEN/TC250/SC5)
1
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Figure 1: The UK National Structural Timber Specification
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has agreed that a separate Timber Execution Standard
should be developed to replace the existing Section 10. A
Working Group has been appointed from within the
members of CEN/TC250/SC5 to develop the new
standard, convened by the author. The working group
includes representation from all member states, including
representatives of both the design and construction
community. For execution, representation from the
construction community is obviously particularly
important.
It is not yet agreed by CEN whether the timber execution
standard will be a new part of EN 1995 or a separate
standard; nor is it agreed which committee will be
responsible for the timber execution standard. However,
CEN/TC250/SC5 believes that its members are best
qualified to write the execution rules.
This paper describes the proposed scope and detailed
contents of the new standard and the background to the
principal clauses. It is also hoped that this paper might
help create a common framework for execution standards
in other materials, particularly those such as masonry
where no execution standard yet exists.

2 SCOPE OF THE PROPOSED
EXECUTION STANDARD
Discussions within the Working Group have shown that
the interpretation of the term ‘Execution’ varies between
member states. Many members were also nervous that the
new standard might conflict either with existing national
laws relating to such aspects as safety on construction
sites or with contract documents defining the
responsibilities of the various parties. The split of
responsibility between designer and constructor can also
vary significantly; in some countries it is usual to
complete the design before appointing the constructor,
whereas in other countries the constructor usually
undertakes most of the design. It was important to develop
an Execution Standard which would be applicable to all
member states and to all possible contractual
arrangements.
2.1 WHAT WILL BE INCLUDED
The Working Group has agreed that the Execution
Standard should be limited to the minimum requirements
for materials, fabrication, treatment, transport and
erection, to comply with the design assumptions of all
parts of EN 1995. In other words to ensure that what is
built is what the designer intended in terms of strength,
stability, serviceability and durability.

effectively define the workmanship, inspection and
testing, recording and qualifications required for the
execution of different structures and components. The
execution class may refer to the complete structure, to
components of the structure or to certain materials or
technologies used for the execution.
It is hoped that the concept of Execution Class will be
moved into EN 1990 [1], subject to the agreement of the
responsible committee, with the allocation to particular
execution classes and the specific execution requirements
for different types of structure and component being
defined on a material by material basis. For example glued
timber connections are more workmanship dependent and
would therefore merit more controls on the execution.
While the Working Group for the Timber Execution
Standard recognises that more workmanship dependent
items need tighter controls, there is nervousness amongst
some members that the costs of independent checking of
certain processes could mitigate against smaller
fabricators as has apparently been seen in the steel
industry. It may be possible to resolve this through a
relaxation of checking requirements where the execution
has been undertaken by suitably qualified operatives, but
this is still under discussion.
2.1.2 Items for national choice
Items for national choice (if any) have yet to be agreed. It
is likely that there may need to be some national choice in
relation to the independent checking requirements
associated with the execution classes.
2.2 WHAT WILL NOT BE INCLUDED
It is helpful to explain what the standard will not include.
2.2.1 Design related aspects
It is agreed that all design related aspects should remain
in the relevant parts of EN 1995. This would include
certain items such as detailing rules for diaphragms and
the minimum size of washers which are currently included
alongside the workmanship clauses in Section 10 of EN
1995-1-1 [5].
Detailing rules for traditional carpentry joints are also
effectively design. Since they are likely to vary between
member states it is considered that they should be covered
in national published documents as NCCI (noncontradictory complementary information); to ensure that
they are not contradictory to EN 1995-1-1 [5] they would
need to be backed up by testing or calculation.

The principal areas to be covered will be materials,
workmanship, tolerances, checking and testing
requirements
and
avoiding
damage
during
fabrication/erection that might affect the performance of
the permanent works.

Durability, as well as the inspection and maintenance
requirements to achieve the desired design life, are also
considered to be part of the design (rather than Execution)
since they are inextricably linked to the choice of
materials and detailing. This also includes the need for
retreatment after any cutting or drilling.

2.1.1 Execution Classes
The steel and concrete execution standards have
introduced the concept of “Execution Classes”, which

Similarly such aspects as plugging of bolt holes for fire
protection are considered to be design rather than
execution.
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2.2.2 Appearance and Finishes
Since the purpose of the Eurocodes is to ensure the safety,
serviceability and durability of the completed structure, it
is considered that the Execution Standard should also
limit itself to these aspects.
Therefore aspects such as appearance and finishes will not
be covered. However, it is proposed to include
informative annexes to cover functional tolerances (for
appearance) and also finish (i.e. appearance) grades (for
engineered wood products), to aid those preparing the
project specific specification.
Section 6 of this paper includes the full list of proposed
informative annexes.
2.2.3 Safety during construction
While safety during construction is obviously important,
especially such items as fire risk, the Working Group
considers that this is beyond the scope of the Standard.
A project specification checklist will be included as an
informative annex, as a reminder that such aspects need to
be considered.
2.2.4 Stability during construction
Similarly, it is considered that the Eurocodes (and thus the
Execution Standards) should limit themselves to safety
and durability of the completed structure and thus that the
need and responsibility for stability during construction is
also beyond the scope of the Standard.
2.2.5 Responsibilities of the parties
The Standard will state what must be done and what must
be checked but not the party responsible. No reference
will be made to the terms engineer, designer or
constructor, since there is then a risk that the Standard
might conflict with national requirements or contract
documents. Again the need to nominate responsibilities
will be included in the project specification checklist.
2.2.6 Sustainable procurement
Again, sustainable procurement, while obviously
important, does not affect safety and stability and is
therefore considered to be beyond the scope of the
Standard.

3 MATERIALS
The Execution Standard will include a requirement to
comply with the relevant harmonized product standards
for standard materials (i.e. to be CE marked), approved
European Technical Approvals for proprietary materials
and EN 1090 (the steel execution standard [2],[3]) for
steel components. There will also be detailed
requirements for checking, testing, inspection and
recording, relative to the Execution Class, as well as the
actions required in the case of non-conformity. For
convenience a list of the harmonized product standards for
timber and fasteners will be included as an informative
annex.

4 FABRICATION
The Execution Standard will specify the minimum (or
“essential”) fabrication tolerances (at the reference
moisture content) to ensure the strength, stability and
serviceability of the completed structure, where such
tolerances are not already covered by the harmonized
standards.
The Standard will also specify the fabrication
requirements, but again only for those items which are not
already covered by the harmonized standards and also
only for those aspects that affect the safety of the
completed structure. There will also be detailed
requirements for checking, testing, inspection and
recording, relative to the Execution Class.
4.1 Fabrication tolerances
Items not already covered in the harmonized standards
and which would therefore need to be covered in the
Execution Standard include:
Member tolerances:
-

Member straightness (bow of members and
trusses).

Connection tolerances on:
-

Locations of centroid of fixing group;
Location and spacing of individual fixings;
Predrilled hole diameters;
Dowel diameters;
Screw penetration length;
Angle of inclined screws.

Machining tolerances:
-

Tolerance on cutting and machining of notches,
slots, holes and bearing surfaces.

Component tolerances:
-

Wall/floor panel/cassette tolerances (potentially
covered by prEN 14732 [9] once published).

4.2 Fabrication requirements
Fabrication requirements not already covered in the
harmonized standards include:
Generally:
-

-

possibly a distinction between fabrication off
and on site; although on site fabrication would
need to be to the same minimum standard as in
factory, it could be argued that some processes
(such as gluing) if undertaken on site would
require more checking because of the
vulnerability of such procedures in a site
environment;
avoiding damage during fabrication generally;
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-

detailed checking, testing, inspection and
recording requirements (relative to the
Execution Class) as well as the actions in the
event of a non-conformity.

Plumb:
-

out of plumb (per storey and of the overall
building).

Connections:

Columns:

-

-

-

-

detailed guidance on limiting wane/splits/knots
at connections to ensure that the connection
capacity is not reduced (this will need some
research as there is no existing guidance on this
topic);
tolerances on predrilling for fully threaded
screws and rods (the need for predrilling and
the predrill hole diameter is really a design
issue and therefore needs to be covered in EN
1995-1-1 [5]; other measures to reduce torsional
resistance such as greasing could however be
classed as Execution)h;
a cross reference to the spacing rules and
minimum washer size in EN1995-1-1 [5];
controls on tightening/driving
screws/bolts/nails;
possible need to retighten bolts;
installation of punched metal plate fasteners as
reinforcement (but only if it is deemed
important that these are included as method for
reinforcement within EN 1995-1-1 [5]).

Adhesives:
-

-

special requirements for adhesive joints (surface
regularity, surface cleanliness, tolerances, glueline thicknesses, adhesive types, compatibility
with any treatments, application/injection of
adhesive, temperature conditions, time and
pressure of bonding, testing of control pieces,
restricting load until adhesive has set,
competency/qualification requirements, need
for a third party accreditation system);
additional requirements for site gluing;
additional requirements for glued-in rods (hole
diameter);
additional requirements for screw-pressbonding of plywood/LVL to glulam/solid
timber.

5 TRANSPORT AND ERECTION
The Execution Standard will specify the minimum
assembly tolerances (at the reference moisture content) to
ensure the strength, stability and serviceability of the
completed structure. It will also specify the transport,
storage, lifting and erection requirements, again to the
extent that the completed structure might be affected. The
most important such item will be avoiding damage due to
the effects of swelling and shrinking by requiring a
moisture control plan to be prepared.

member location;
member spacing.

Beams:
-

relative level at end of beam or panel;
position of beam relative to beams above and
below;
vertical alignment of adjacent beams/joists.

Floors:
-

misalignment of floor elements;
gaps between floor elements.

Walls:
-

misalignment of wall elements;
gaps between wall elements;
straightness of walls.

Trusses:
-

straightness and vertical alignment of trusses;
bow of individual truss members.

Bearings:
-

ensuring adequate bearing lengths;
gaps between contact surfaces.

Panels:
-

dishing of panels;
avoiding ponding on flat roofs.

Openings:
-

opening sizes.

5.2 Transport and erection
An assembly plan and drawings should be prepared,
covering:
-

5.1 Minimum assembly tolerances

-

Minimum assembly tolerances would include such items
as:

-

avoiding overloading of members/connections
during transport and erection which could result
in permanent damage;
checking/testing/inspection/recording plan
(relative to the Execution Class); items to be
checked might include dimensions, geometry,
moisture content etc;
action in the event of a non-conformity e.g.
remedial work following damage;
competence or qualifications of personnel
undertaking the work.
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5.3 Moisture control plan
The purpose of the moisture control plan is to avoid
damage to the completed structure due to the effects of
swelling and shrinking during construction as well as on
drying following installation.
The plan shall consider:
-

-

the target equilibrium moisture content during
fabrication, transport, erection and in service;
installing the members as close as possible to
the equilibrium moisture content in service;
the risks of wetting during transport and
construction;
the assumed exposure and protection at each
stage of the works;
the sensitivity of various items to moisture such
as connections;
the need for controlled drying following
installation;
ensuring that the allocation to use and service
class is correct at the time of handover (e.g. that
flashings etc for durability are in accordance
with the drawings).

-

serviceability and vibration limits;
fire resistance and flame spread requirements.

Materials:

-

materials;
species;
special requirements such as exclusion of
sapwood or particular adhesives;
material grades;
references to European Technical Approvals for
proprietary materials and fixings;
sustainable procurement.

Appearance and finishes:

-

appearance grades;
finish (sawn/planed etc);
applied finishes and sealants;
marking;
prevention of appearance damage, water
staining etc;
functional tolerances for fabrication and
erection;
samples & mockups.

6 INFORMATIVE ANNEXES

-

It is currently proposed to include the following
informative annexes:

Life and maintenance:

6.1 Project specification checklist

-

The purpose of including a project specification checklist
in an informative annex is to ensure that all relevant
information is provided to the fabricator, including:
Parties and responsibilities:

-

parties;
responsibilities for design;
responsibility for health and safety on the
construction site;
responsibility for temporary works;
programme.

Information and checking:

-

execution class;
list of information to be supplied by the
contractor, such as assembly plan, material
certification and test certificates;
format of information to be provided (e.g.
paper/electronic);
records.

Design assumptions:

-

drawings;
design loads;
design principles including stability;

-

-

use class;
service class;
expected moisture content in service;
design life;
service life;
maintenance strategy;
preservative treatment;
need for retreatment after cutting and drilling;
corrosion protection;
fire protection.

6.2 Functional fabrication tolerances
It is envisaged that two levels of functional fabrication
tolerance would be given, one representing a minimum
level that can be achieved without additional cost, and one
representing a better level of tolerance that can be
achieved with a cost premium.
6.3 Functional assembly tolerances
Again it is envisaged that two levels of functional
assembly tolerance would be given.
6.4 Surface finish quality
It is envisaged that this would be similar to what is
currently given in the Glulam Bulletin [10]. This defines
three appearance grades:
-

industrial;
visible;
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-

selection.

EN 12369-1

Wood-based panels. Characteristic
values for structural design. Part 1:
OSB, particleboards and fibreboards

EN 13986

Wood-based panels for use in
construction
–
Characteristics,
evaluation of conformity and marking

EN 14080

Timber structures – Glued laminated
timber – Requirements

EN 14081-1

Timber structures – Strength graded
structural timber with rectangular cross
section – Part 1: General requirements

EN 14250

Timber
structures.
Product
requirements
for
prefabricated
structural members assembled with
punched metal plate fasteners

EN 14279

Oriented Strand Board (OSB) –
Definition,
classification
and
specifications

Laminated Veneer Lumber (LVL).
Definitions,
classification
and
specifications

EN 14374

Timber
structures
–
Structural
laminated veneer lumber. Requirements

EN 312

Particleboards. Specifications

6.6.2 Adhesives

EN 313-1

Plywood.
Classification
and
terminology. Part 1: Classification

EN 301

EN 313-2

Plywood.
Classification
and
terminology. Part 2: Terminology

EN 336

Structural timber. Sizes, permitted
deviations

The grades are defined in terms of:
-

loose knots;
resin;
insect damage;
pith;
shrinkage cracks;
blue stain;
mould;
surface imperfections;
surface contamination;
distance between finger joints.

6.5 Contents of national annex
The nationally determined parameters (if any) have yet to
be agreed.
6.6 List of harmonized standards for timber and
fasteners
6.6.1 Wood-based products
EN 300

EN 338

Structural timber. Strength classes

EN 385

Finger jointed structural timber.
Performance
requirements
and
minimum production requirements

Adhesives, phenolic and aminoplastic
for load-bearing timber structures.
Classification
and
performance
requirements

6.6.3 Mechanical fasteners
DIN 436

Square washers for use in timber
constructions

DIN 571

Hexagon head wood screws

DIN 603

Cup head square neck bolts

EN 912

Timber fasteners – Specifications for
connectors for timber

EN 10230-1

Steel wire nails – Part 1: Loose nails for
general applications

EN 10346

Continuously hot-dip coated steel flat
products
–
Technical
delivery
conditions

EN 622-2

Fibreboards – Specifications. Part 2:
Requirements for hardboards

EN 622-3

Fibreboards – Specifications. Part 3:
Requirements for medium boards

EN 622-4

Fibreboards – Specifications. Part 4:
Requirements for softboards

EN 622-5

Fibreboards – Specifications. Part 5:
Requirements for dry process boards
(MDF)

EN 13271

Timber fasteners – Characteristic loadcarrying capacities and slip-moduli for
connector joints

EN 636

Plywood. Specifications

EN 14545

EN 1912

Structural timber. Strength classes.
Assignment of visual grades and species

Timber structures
Requirements

–

Connectors.
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EN 14592

Timber structures –
fasteners. Requirements

EN ISO 887

Plain washers for metric bolts, screws
and nuts for general purposes. General
plan (ISO 887:2000)

EN ISO1461

Hot dip galvanized coatings on
fabricated iron and steel articles –
Specifications and test methods

EN ISO 4014

Hexagon head bolts. Product grades A
and B (ISO 4014:1999)

EN ISO 2081

EN ISO 4016

Hexagon head bolts. Product grade C
(ISO 4016:1999)

Metallic and other inorganic coatings –
Electroplated coatings of zinc with
supplementary treatments on iron or
steel

EN ISO 4032

Hexagon nuts, style 1. Product grades A
and B (ISO 4032:1999)

EN ISO 4034

Hexagon nuts. Product grade C (ISO
4034:1999)

EN ISO 7094

Plain washers. Extra large series.
Product grade C (ISO 7094:2000)

EN ISO 10666

Drilling screws with tapping screw
thread. Mechanical and functional
properties (ISO 10666:1999)

ISO 1891

Dowel-type

Fasteners -- Terminology

6.6.4 Durability
EN 335

Durability of wood and wood-based
products. Use classes: definitions,
application to solid wood and woodbased products

EN 350-2

Durability of wood and wood-based
products – Natural durability of solid
wood. Part 2: Guide to natural durability
and treatability of selected wood species
of importance in Europe

EN 351-1

Durability of wood and wood-based
products. Preservative-treated solid
wood. Part 1: Classification of
preservative penetration and retention

EN 460

Durability of wood and wood-based
products – Natural durability of solid
wood – Guide of the durability
requirements for wood to be used in
hazard classes

EN 599-1

Durability of wood and wood-based
products. Efficacy of preventive wood
preservatives as determined by
biological tests. Part 1: Specification
according to use class

EN 599-2

Durability of wood and wood-based
products. Performance of preventive
wood preservatives as determined by

biological tests. Part 2: Classification
and labelling

7 CONCLUSIONS
It is hoped that the new European Timber Execution
Standard will help ensure the strength, stability and
serviceability of structures designed in accordance with
the relevant parts of EN 1995 and will also make for easier
cross-working between member states.
It is also hoped that the proposed scope for the timber
execution standard might form a model for other
execution standards.
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NEW NORWEGIAN EXECUTION STANDARD FOR TIMBER
STRUCTURES
Kristin Nor 1, Vi ian M l ysund2, Pr

n Aan ns n3

ABSTRACT: This paper describes the process, discussions, reasoning and proposed provisions in the enquiry draft of
the Norwegian execution standard. Execution is for the time being, briefly handled in the structural timber standards,
except in some countries. One purpose of an execution standard is to reduce the number of building defects and accidents
caused by poor execution and failures on building sites. The standard promotes structured communication, linking the
designer and the contractor. This execution standard also includes requirements on general handling and temporarily
storing of timber products and elements. Moisture influence on timber structures needs special attention. Documenting
the moisture history and preventing rapid moisture changes are vital in securing high quality timber structures. The
modern building site often involves mounting of prefabricated elements or stacking and connecting modules. Controlling
the tolerances during and after assembly of all timber components will be of importance in order to document the building
process. The execution standard for timber structures will improve the building process, reduce the building defects and
secure skilled craftsmanship.
KEYWORDS: Execution, timber, standard, moisture, geometrical tolerances, control and documentation, connections

1 INTRODUCTION 123
Provisions for execution of timber structures are currently
limited in the standards available on a European level as
well on the national level in Norway. Eurocode 5 [1] deals
briefly with execution, and not enough to secure
satisfactory input to the execution specifications from the
designer. In addition, Eurocode 5 is a design standard
which the builders or contractors in less degree relate to.
A clearer division in material, design and execution
standards is beneficial for the targeted users of each
standard and following also for the full chain of custody.
Building failures and defects are often related to poor
execution [2]. The responsibility of the failure is often
difficult to pinpoint. The new standard of executions [3]
will improve communication between the parts involved
in the execution of timber structures. This will extend the
market possibilities for timber, especially in more
complex projects, like in urban spaces.
Standards for execution of timber structures are available
in for instance Australia [4, 5], Canada [6], and Finland
[7]. More common are various process scripts, product
specifications, rules of thumb on timber properties and
1

Kristine Nore, Norwegian Institute of Wood Technology,
Postboks 113 Blindern, 0314 Oslo, kristine.nore@treteknisk.no
2 Vivian Meløysund, Standards Norway, vme@standard.no
3 Preben Aanensen, Norwegian Institute of Wood Technology,
paa@treteknisk.no

handling, and requirements of the final building according
to the design.
Specialized contractors have raised excellent timber
structures up till now. An example is shown in Figure 1,
the prefabrication of gluelam trusses for the world’s tallest
timber building. However, difficulties of choosing
contractors with proper skills and knowledge has not been
sufficiently considered within tenders based on execution
specifications according to the standards available.
The execution standards for concrete (EN 13670) [8] and
steel and aluminium (EN 1090) [9] are well established.
The succeeding execution standard for timber structures
has been awaited. The work with a European standard for
execution of timber structures is expected to start up in the
near future. At that time any established national
execution standard will provide experience for a common
European approach. The Norwegian standard has been
developed within a common Nordic project on timber
execution standards, called NEXT Timber [10, 11].
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2 THE NORWEGIAN STANDARD FOR
EXECUTION
OF
TIMBER
STRUCTURES

Table 1: utline o

Chapter
1. Scope
2. Normative references
3. Terms and definitions
4. Quality management
5. Timber materials
6. Connections
7. Special rules for execution
8. Geometrical tolerances
Annex A (informative) Moisture control
plan
Annex B (informative) Reception control
Annex C (informative) Control of execution
Bibliography

2.1 GENERAL
In the two recent years, a working group with expertise
from the timber construction value chain, has developed
the new draft of the Norwegian execution standard for
timber structures. The purpose is to reduce the number
building defects and the accidents and failures on building
sites caused by poor execution, and give the builders and
contractors provisions in addition to a project specific
execution procedure. The working group members are
representing the national standardization body, research
and development institutes, consulting engineers,
manufactures and builders union. In Norway the SINTEF
Building Research Design Guides [12] provide an
extensive library of execution details, but the rules linked
to execution of timber structures are widely spread and
often, too detailed.
This means that most of the knowledge on timber
execution is scattered around in various process scripts
and experience among the contractors. The work has been
to collect existing rules of thumb and experience to
develop common rules. The new execution standard on
timber structures will be a basis for improved timber
structures in the future.
2.2 STANDARD OUTLINE
The standard is divided in the chapters given in Table 1.
The structure and readability of the execution standard
need to address all the professions involved in the
building project. In the process all text elements which
lacks purpose has been removed. The limited number of
chapters and pages define the points needed for a proper
execution of any timber structure.
2.3 SCOPE
The standard specifies requirements for execution of
timber structures and covers:
- Structures designed according to Eurocode 5 [1]
- Execution of structures in timber, wooden based
materials and timber combined with other
materials
- Structures built on site and use of prefabricated
elements
- Permanent and temporary structures
The standard does not cover:
- Manufacturing
of
prefabricated
timber
components where a harmonized product
standard is available
- Use of special technologies and innovative
solutions
- Specification of, production of and compliance
with materials used
- Health and safety aspects related to the execution
or control requirements for third-party control.

or egian e ecution stan ar

3

UALITY MANAGEMENT

3.1 GENERAL
An important objective of the standard is to provide
provisions for documentation and quality control. Before
the start of the work, it has to be documented that; (I) a
complete design of the structure or the structural part have
been performed, (II) the necessary information is found in
the execution specification, and (III) the tolerances in
other works have been fulfilled. Provisions will also be
given for the content of the execution specification. In
addition to drawings and other design documents, the
execution specification should also include for instance
assembly plans and a moisture control plans.
In order to increase the quality of construction work for
timber structures and reduce the number of building
defects, requirements related to quality control are
regarded crucial. This includes provisions related to the
competence for the various roles in the construction
process, for example production manager and inspection
manager of internal systematic inspections. It is also
important to include provisions for the control of
materials when delivered to the site and after storage on
the site, especially regarding the moisture content
development.

Figure 1: est-assem ly o glulam trusses at actory
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structure or a part of the work. Execution of critical and
complex parts can be considered as expedient to be
classified in a stricter execution class.

3.2 EXECUTION SPECIFICATION
To define the execution specification is an important part
of the execution standard. An execution specification is
an essential part of a building project and gives all the
documents, drawings, technical data and requirements
needed for the execution. To clarify the content of the
execution specification will avoid many disputes and
misunderstandings. Table 2 gives a list from the execution
standard that provide necessary elements in an execution
specification.

Execution classes are defined from 1-3 were 1 is the
mildest. Table 3 illustrates how the execution classes are
related to the consequence classes in NS-EN 1990 [13]. In
the Norwegian national annex to EN 1990 it is defined
four consequence classes. For execution in consequence
class 4 it is possible to define an execution class with
additional requirements of control and documentation.
This may be relevant in projects were the consequence of
failure or malfunction is high or the execution is complex.

Table 1: ist o content in an e ecution speci ication

a

General information and requirements to the
project and reference to current standards
b Execution class for the assembly
c Tolerance class for the assembly
d Drawings/BIM and other technical
documents needed for the execution
Includes product specifications
e Requirements of handling and storage
Includes choice of weather protection class
for storage and assembly
f Assembly plan for prefabricated elements
and modules
g Moisture control plans
h Requirements to control depending on the
execution class
In addition, where applicable, it should be
established routines for
i Changes in previous agreements
J Distribution, archiving and registration of
technical documents used in the execution

Table 3: Relationship et een conse uence class an e ecution
class

Consequence classa
1
2
3
4
a

3.3 EXECUTION CLASSES

Description

Scope

Type of control and
inspection levels
(IL) a
Documentation of
performed
inspection and
control
Documentation of
“As built” geometry
a

Defined in EN 1990 [13]

The different control and inspection levels, placed in
different execution classes will have varying
documentation requirements as shown in Table 4.

or control an

Execution class 1

Visual inspection of all works
and measuring on a sample
basis.

Defined in EN 1990 [13]

When designing a structure after Eurocodes it is assumed
appropriate execution and quality management measures.
To decide the necessary measures is not easy and will
affect the project costs for the contractor.
The standard introduces three different control and
inspection levels (IL) [13].
- Self inspection (IL1)
- Self inspection + internal systematic control
(IL2)
- Self inspection + internal systematic control +
third party inspection (IL3)

Execution classes are a classification for control and
documentation. The purpose is to simplify and collect
requirements related to the execution of the structure. An
Execution class can be used for the works of the whole
Table 4: escription o the e ecution classes an nee

Execution class
1
2
3
Specified in each project

ocumentation

Execution class 2
Visual inspection and
systematic and regular
measuring of important works.
Additional requirements given
in the project specification.

Execution class 3
Visual inspection.
Detailed inspection of all
works of importance for the
load bearing capacity and
reliability of the structure.
Additional requirements given
in the execution specification.
Self inspection + internal
systematic control + third
party (IL3)

Self inspection (IL1)

Self inspection + internal
systematic control (IL2)

Not required

Required

Not required

Verification of compliance with execution specification
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Control and inspection include the whole construction
phase of the project. It will include inspections of
materials/products and inspections of the execution.
However, the standard gives no requirements to the
contractor’s quality management system.
3.4 MOISTURE CONTROL PLANS
Timber structures are hygroscopic, which means that the
material can take up and release moisture. The moisture
content can be monitored by electrical resistance
measurements. Electrical moisture meters for timber
components are widely available, but to ensure proper use
and calibration the Norwegian standard NS 3512 [14]
provide guidelines.
Hygroscopic properties can be regarded beneficial, but
changes in moisture content causes dimension changes,
which require more knowledge on assembling timber
structures. A moisture control plan can be a help to avoid
disputes on moisture related challenges. It also documents
the moisture history of the timber structure. A moisture
control plan should cover all the phases of construction
and be a part of the execution specification.
A moisture control plan contains:
- overview of relevant moisture sources
- possible consequences of moisture
- expected span of moisture content for the various
construction phases
- methods for measuring moisture content
- weather protection class and required protection
- actions to limit the damage in the structure
The actions described in the moisture control plan can be
preventive or corrective.

4 TIMBER MATERIALS
4.1 GENERAL
As a basic principle, harmonized product standards and
the producer’s user guide for the materials and products
shall be used, unless other requirements are stated in the
project specification. For wooden products where no
harmonized product standard exists, the standard gives
some general rules. For example, all products have to be
marked for identification and be suitable for the purpose.
Timber is moisture sensitive. Therefore, guidance around
expected moisture content in wooden products by
delivery is given.
4.2 HANDLING AND STORAGE
In building projects with timber the importance of right
handling and storage is essential. The need for protection
against sun exposure and moisture is different compared
to other building materials like steel and concrete. The
contractor needs competence and a clear guidance from
the producer on how to handle and store timber
components. The execution standard gives three
opportunities for climate protection as three weather
protection level (WPL) 1 to 3. In WPL 1 the material may

be stored outside exposed to the open air. For WPL 2 the
material shall be covered, ventilated and a moisture
content shall be below 22 %. And for the strictest class,
WPL 3, the material shall be stored in a heated indoor
climate with moisture content in the material below 12 %.
To define and take into account the climate exposure is a
part of the execution specification. Often the execution
specifications are developed some time prior to execution
and the conditions for selecting WPL can be changed. One
way to solve this is to revise the weather protection
measures if the requirements to moisture content are
maintained.

CONNECTIONS
.1 GENERAL
One chapter of the new execution standard focuses on
connections for timber structures. Connections are an
essential part when designing and erecting timber
structures. It has to be ensured that the connection
properties like strength, stiffness and durability meets the
requirements given by the designer. The workers need
information and details related to the connections to do a
proper execution. Eurocode 5 [1] gives in chapter 10.4
provisions for execution related to mechanical
connections. These requirements are included and
extended in the new execution standard. When
implementing the execution standard, rules for execution
of connections and information related to connections,
will be more accessible for the workers performing the
execution. This will also ensure that the rules now
provided in chapter 10 in Eurocode 5 [1] will be adhered
to. Provisions beyond the existing rules in Eurocode 5 are
given based on national guidelines and experience. It is
mainly mechanical fasteners that are described, but
general rules for glued connections are also included.
A connection is almost always unique and given by the
designer. For that reason, it will always be need for
detailed connection information given in the execution
specification. The execution standard will provide further
provisions for the execution of connections on for
instance predrilling, washer sizes, if the designer do not
give these types of information in the execution
specification. The requirements and referred limiting
values mentioned in this chapter of the standard are
mainly based on the connection design rules in
Eurocode 5.
.2 CORROSION
A majority of the connections in timber structures today
are mechanical fasteners made by metal. Depending on
the material of the fasteners, the environmental conditions
may bring a risk for corrosion. Selecting materials and
corrosion protection for connections is the designer’s
choice and not a decision for the contractor. Based on this
decision the standard does not deal with specific
requirements to corrosion protection.
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BUILDING SITE
Organization of the building site is especially important
for timber products due to the moisture sensitivity of the
material. Moisture design needs to be implemented in the
execution specifications. The handling and tolerances of
wood is more delicate and must be attended and
documented.

GEOMETRICAL TOLERANCES
.1 GENERAL
Geometrical tolerances are defined as mean allowable
variation for the form/size of the structural part and
allowable variation in orientation and location of the
structural part compared to its ideal geometrical form and
location. It is important that the structure remain within
specified tolerances to avoid effects on capacity, stability,
fitness for use and tolerance compatibility for further
work.
The execution standard gives no requirements to the
combination of geometrical tolerances and deformations
in the structure. Allowable deviations apply to situations
before deformations caused by loads and long-term
deflections occur. Deformation and changes in
geometrical form as a result of normal creep,
shrink/swelling are assumed to be taken into account in
the design. The designer is encouraged to help the
contractor with a control scheme providing expected
deformations (from self-weight and other elements) prior
to control.

Tolerance class can be chosen independently from
execution class, but should be seen in the connection with
expected tolerances for the assembled surface and the
tolerances for the products, as well as the tolerances
considered in the design. With other words, the designer
has the opportunity to specify an allowable tolerance
based on the structural calculations. It is recommended to
have a dialog with the contractor and contractor client (if
possible) to get an overview of practical and expected
tolerances for the assembly.
.3 TOLERANCES ASSUMED IN EUROCODE
CALCULATIONS
Eurocode 5 gives design methods were geometrical
deviations are taken into account. For a general safety for
imperfections Eurocode 5 use a partial factor for material,
γm, to provide design solutions with an acceptable failure
probability [1]. This basic safety factor used in Eurocode
5 cover uncertainty in material properties (defects like
knots, slope of grain, etc.) and not geometrical
imperfections.

.2 TOLERANCE CLASSES
As a simplification for the designer and for the
manufacturing to comply with the geometrical tolerances,
a classification system is developed with tolerance classes
1 to 3, were tolerance class 3 is the strictest.
Tolerance class 1:
- Normal tolerances for primary load bearing
systems
- Structures or structural components with low
serviceability requirements, such as roof
structures,
garages,
storage
buildings,
agricultural buildings
Tolerance class 2:
- Structural components
- Primary structural systems for assembly of
prefabricated elements
- Secondary structural systems without strict
requirements for geometrical deviations, such as
floors in garages, storage buildings, agricultural
buildings
Tolerance class 3
- High tolerance requirements
- Normal tolerance for secondary structural
systems

Figure 2: Fully assembled, Treet, the world’s tallest timber
uil ing, so ar hoto arius alle
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For some cases like lateral buckling, a geometrical
imperfection will be crucial. The suggested design
method in Eurocode 5 is based on a linear buckling
theory and takes into account the non-linear 2. order
effects with a reduction factor called kc. To do this
simplification a maximum geometrical imperfection is
assumed to be length/500 for glued laminated timber or
LVL members and length/300 for solid timber. These
requirements are taken into account for the permitted
deviations for tolerance class 1.
.4 GEOMETRICAL TOLERANCES – TIMBER
ELEMENTS TOLERANCE
In general, the choice of clear permitted deviations of 15,
10 and 5 mm within the tolerance classes 1, 2 and 3 given
in Table 5, is due to the need for simplification and to
ensure use of the new standard on execution of timber
structures. The permitted deviation may also be defined at
lower values for the individual project.
.

TOTAL BUILDING TOLERANCE

The total permitted deviation for the whole structure gives
and overall requirement of the structure. It is not enough
to fulfil the requirements of single timber components, but
also the summed misalignment to the structure have to be
taken into account. See Table 5 for the permitted
deviations in the different tolerance classes. These
requirements apply as well as the requirements to each
timber component. This can cause that permitted
deviation for single components cannot be reached. The
values for permitted deviations are based on empirical

judgement and an existing Norwegian standard [15],
independent from type of building materials.
A case-study on geometrical tolerances is done on the
high-rise timber building (14 storeys, height ~50 m),
Treet” in Bergen, Norway [16]. See Figure 2. This is a
glulam load bearing structure and prefabricated modular
flats lifted in between the trusses. This project was studied
to see how tolerances and actual deviation were managed.
Maximum deviation between building modules and
vertical glulam frame was set to 25 mm. In order to meet
this tolerance requirement, the manufacture set a goal for
the glulam structure not to deviate more than ± 5 mm. The
glulam trusses were test-mounted in at factory to assure
that the timber frame was correctly produced and to check
the tolerances. See Figure 1. The glulam trusses were then
dismantled and transported to the construction site. After
assembly on the construction site, the structure was again
measured within the maximum tolerance requirements.
One example was the maximum measured deviation of
+7 mm in height at the 10th floor. This project showed that
timber structures are possible to design and assemble with
a high precision and accuracy.
.

GEOMETRICAL TOLERANCES –
COMPLEMENTARY

Proper jointing is vital in any structure. Several values
for permitted deviation are given as provisions, however,
these requirements are what is left after assessing the
most important measurements needed. See Table 6.
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Table 5: eometric mounting tolerances or structural components such as alls, columns, eams an trusses ra ters

Type of deviation

Permitted deviation
Description

Position in the plane in
relation to the
secondary lines

Distance between
beams, distance
between columns,
walls or posts

- columns:

Size of cutouts for
doors, windows or
stairs, or the like (Δ1).
Position of cutouts for
doors, windows or
stairs, etc.
Vertical positioning of
beams, columns or
trusses / roof beams

(figure missing)

Tolerance
class 1

Tolerance
class 2

Tolerance
class 3

± 15 mm

± 10 mm

± 5 mm

± 15 mm

± 10 mm

± 5 mm

± 15 mm

± 10 mm

± 5 mm

± 15 mm

± 10 mm

± 5 mm

Smallest of
±10 mm and
2 /3,3 ‰ of
the height (h)
for glulam/
structural
timber

Smallest of ±5
mm and 2
/3,3 ‰ of the
height (h) for
glulam/
structural
timber

Smallest of
±10 mm and
2 /3,3 ‰ of
the length (l)
for glulam /
structural
timber

Smallest of ±5
mm and
2 /3,3 ‰ of
the length (l)
for glulam /
structural
timber

- beams:

Curvature /
straightness of walls
and columns

Smallest of
±15 mm and
2/ 3,3 ‰ of
the height (h)
for glulam/
structural
timber

Curvature /
straightness of beams
(deviation from the
height when loaded
with self weight) or
over- / flange 1)

Smallest of
±15 mm and
2 /3,3 ‰ of
the length (l)
for glulam /
structural
timber
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Table 6: ther geometric mounting tolerances

Permitted deviation
Type of deviation

Description

Total building
tolerance
Joint between
structural parts or
connecting
components

See Chapter 6.5

Fasteners

Tolerance class
1

Tolerance class
2

Tolerance class
3

± 50 mm

± 30 mm

± 15 mm

Opening between parts

± 5 mm

± 4 mm

± 3 mm

Size of the joints. Deviation from
nominal value

± 5 mm

± 4 mm

± 3 mm

Centre of a group of fasteners
Position in the plane for the fasteners
Distance between the fasteners
Length of fastener
Angle of fastener
Edge distance
Location of the predrilled hole
Length predrilled holes

± 15 mm
± 10 mm
± max (10 %; d)
± 10 mm
10 
-0 / +10 mm
± 5 mm
± 10 mm

± 10 mm
± 6 mm
± max (5 %; d)
± 6 mm
6
-0 / +6 mm
± 4 mm
± 6 mm

± 5 mm
± 3 mm
± max (3 %; d)
± 3 mm
3
-0 / +3 mm
± 3 mm
± 3 mm

CONCLUDING REMARKS
The main object of an execution standard is to limit the
possibilities for miscommunications and unclear
responsibilities at the building site. The handling of
structural timber components need special attention which
will be taken care of when following the provisions given
in the new executions standard. Measured tolerances and
moisture history is among the new documentation needed
in order to prove skilled workmanship and assembly. In
the end, however, it is the lifetime of the structure which
will prove the effort. Encouraging a structured and well
communicated building processes will undoubtedly be a
valuable supplement to the building process, and thus to
existing standards.
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EXECUTION OF TIMBER STRUCTURES AND FIRE
Alar Just1, Daniel Brandon2, Joakim Noren3
ABSTRACT: Fire safety is one of the six essential performance requirements to consider when building timber
structures. Fire safety has to be proven for the whole building process and the end use of the building. On the building
site during the execution there might be an increased risk for fire spread because of large amounts of unprotected timber
and relatively open structures. Work processes dealing with high temperatures, smoking, vandalism or other reasons can
lead to ignition of timber and end up with serious damages. Fire safety on the building site should be handled from the
very beginning to the final stage of execution. During the execution the designed solutions have to be checked and
followed. This paper gives the background and principles that should be considered in a new Nordic standard for
execution of timber structures in terms of fire safety.
KEYWORDS: Execution - Timber structures - Fire resistance

1 INTRODUCTION 123
Timber is a combustible material. Execution of timber
buildings involve a risk for fire. The fire safety on the
building site and in the factory has to be assured by
proper plan and measures.
The fire safety requirements according to the
Construction Products Regulation (CPR) are that
structures must be designed and built such that:
 load-bearing capacity can be assumed to be
maintained for a specific period of time
 the generation and spread of fire and smoke is
limited
 the spread of fire to neighbouring structures is
limited
 occupants can leave the building or be rescued
by other means
 the safety of rescue teams is taken into
consideration
Fire safety of timber building has to be assured
throughout the execution and end use of building.
Assuring the latter involves appropriate installation and
control of fire barriers and fire protection. Proper
functioning of fire safety measures for the end use could
only be checked during the construction time.
Several performance properties of wooden structures in
fire can be determined from EN-standards, so that results
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can be transferred between countries (if the test
conditions are relevant – i.e. similar construction type).
Fire requirements has three major aims:
 To allow occupant to escape in the case of fire
 To prevent the fire from spreading to other parts
of the building (EI)
 To maintain sufficient load-carrying capacity
for a defined period of time (R)
Requirements are given in national regulations with
reference to EN-standards. In many cases there are also
national methods. The building owner will usually not
require a higher level than prescribed. The requirements
are usually specified as:
 Reaction to fire class
 Fire protection ability (K-class)
 Protection time (Integrity and Insulation, EI)
 Structural failure time (Resistance, R)
Substitution by design is harmonised through the
relevant Eurocode parts on fire (EN 1991-1-2 and EN
1995-1-2) and further developed in the technical
guidelines Fire Safety in Timber Buildings [2] or in
Brandsäkra Trähus 3 Error! Reference source not
found. which comprises guidelines for the Nordic and
Baltic countries. However, the Eurocodes require
national choices in National Annexes, some of which
influence the performance, especially for natural fires.
Further, alternative methods are given in the National
Annexes in some cases. Requirements are different
among the countries.
Building fires consist of an ignition phase, flashover,
fully developed phase and cooling phase (see Figure 1).
The potential occurrence and the duration of the different
phases are dependent on the ignition source, type and
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quantity of the fire load (combustibles), ventilation
conditions, among other aspects. Therefore, appropriate
management of combustible materials, ignition sources
and early compartmentation (to limit ventilation) can
minimise the fire damage and risks. Furthermore, active
fire protection such as sprinklers and manual fire
extinguishers, can avoid flashover. In relation to the
phases of a building fire, the approach taken for the new
Nordic standard to limit potential fire damage and risks
involves:
1.
2.
3.

Limit risks of ignition
Limit risks of flashover after ignition
Limit the spread and intensity of fully
developed fires in case flashover occurs.

A fire needs (1) an ignition source (2) fuel and (3)
oxygen. Therefore an effective way to limit the risk of
flashover after ignition is to store combustible materials
as much as possible outside of the building and away
from possible ignition sources. Early compartmentation
limits the flow of oxygen, the intensity and spread of the
fire.

Execution includes all activities carried out for the
physical completion of the work, i.e. procurement,
manufacturing, gluing, mechanical fixing, transport, site
assembly,
surface
treatment,
inspection
and
documentation [6].
During the execution of timber structures the main topics
to regulate are moisture content, fire safety and
tolerances of the structural elements and details (See
Table 1).
Table 1: Topics to consider according to the new Nordic
execution standard
Requirement purpose
Requirement
(time)
Assembling End-use


Stability

Fitting of elements


Fire safety

Moisture safety

Acoustics
There are three aspects of fire safety and execution that
has to be followed:
 proper execution of the designed solutions to
fulfil the assumptions made during the design
 fire safety of the constructions during the
execution phase
 fire safety of the building site in general.

Figure 1: Phases of a building fire.

2 FIRE SAFETY IN THE DESIGN AND
EXECUTION PHASES
During the execution of timber buildings there are
periods when there can be large amounts of unprotected
timber might be exposed. This temporary situation may
contain high risk for fire spread that is not taken into
account with design. The fire safety has to be followed
during the entire execution phase and all the risks to fire
spread have to be minimized.

Figure 2: Execution is affected by planning and affects
the end use.

Fire safety concept of the buildings will be created and
planned in the design phase of the building process.
The concept should consider fire resistance of loadbearing structures, evacuation routes, fire alarms and
extinguishing devices.
Design is based on assumptions that the execution will
be done following the needed quality level. For example
proper mounting of fire protection layers and systems is
important to make the solutions perform properly. Not
properly fixed protections do not provide the
performance of the construction that has been designed.
Another example is that fire resistance of the loadbearing timber frame assemblies is generally based on
the assumption that insulation protects the timber
member from the sides. In the case of non-correct
placement of the insulation the latter can fall down
during a fire so that the timber member is not protected
as it was designed. After covering the insulated cavities
with claddings the placing of insulation cannot be
checked anymore. These examples clarify that there are
subjects that have to be controlled and verified during
the execution phase.
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Figure 3: Execution of glulam roof trusses.

4. FIRE SAFETY ON BUILDING SITE
Fires during building construction and refurbishment
have happened from time to time. The reasons for a fire
occurring are varied, ranging from arson to accident,
some are related to the work processes on site.
There have many serious fires occurring in the UK
during the execution of large timber buildings. This led
to relevant statistical studies of fires during construction.
During construction approximately one-tenth of 141.075
reported fires in England, between October 2009 and
December 2011, involved timber frame construction. In
comparison, 1 in 57 fires of fully constructed buildings
occurred involved timber frame construction. The
statistics, therefore, indicate that fire hazard is
significantly larger during the construction phase. The
statistics showed, furthermore, that the damaged area
after a fire during construction is typically larger for
timber frame construction than for other types of
construction. This indicates that the fire spread should be
considered as a concern during construction of timber
framed buildings.
A severe example of a fire that occurred during
construction is the building site fire in Colindale in the
UK (see Figure 4). In July 2006 a construction fire
occurred on a timber frame building site at Beaufort
Park. The houses consisted of blocks with 5 and 6
stories. The damage sustained on the building site was
extensive. The fire had grown to such a large size that
the collapse of one block of the housing occurred 9
minutes after the fire alarm started [4].

Figure 4: Fire in timber frame building occurred during
the execution. Colindale. July 2006. Photo: Wei Yecheng
In order to prevent or limit fires it is important to prevent
or limit the following:
 oxygen
 fuel
 ignition
The flow of oxygen in traditional construction of light
timber frame buildings was not limited by the
In traditional construction, as performed in Colindale,
the structure was open allowing a large amount of
oxygen to intensify the fire. Furthermore, the lack of
closed compartment dividing members, such as closed
walls, doors and windows, led to a large and very rapid
fire spread. Therefore, it is for fire safe construction very
important to close compartments as soon as possible.
This can be done by for example building with closed
timber frames, which have all plates and insulation
assembled on the frame before their placement in the
building, instead of open timber frame assemblies, which
have no plates assembled on the frames. Furthermore the
early placement of doors and windows (Figure 5) will
make the building much less vulnerable for intensive
fires involving a large fire spread.
As mentioned before, fire needs fuel. Diminishing the
amount of available fuel effectively reduces the risk of
flashover. Fuel includes all unprotected combustible
materials. These could be, among others, waste
materials, storage and stored gases. It should be noted
that exposed timber that is part of the building also
contributes to the fuel load. During the execution phase
of the timber building there are often large surfaces of
unprotected timber that can cause a risk for ignition and
fire spread (Figure 6). The amount of exposed timber
surfaces during construction is often higher than that
after construction. This causes a larger fire hazard during
construction that during the end use of the building.
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Figure 5: Timber buildings with early compartmentation
limit the intensity of fires and fire spread
Risk of ignition can be limited by limiting potential
ignition sources, by for example prohibiting smoking on
site. Further, management of ignition A plan should be
documented which defines safety distances between
identified ignition sources and fire loads, such as waste,
fire hazardous fuels, self-igniting materials (such as
linseed oil) and exposed wood based materials.

Figure 8: Execution of module houses.
An advanced way to build timber houses is the module
building technology. Three dimensional modules are
built in the factory. See Figure 6 and 7. A significant
advantage of this construction method is the
compartmentation of modules prior to their arrival on the
building site. As the modules arrive as fire safe
compartments, the risk for highly ventilated, intensive
fires that can spread rapidly is diminished. The method
also allows performing major part of the execution in the
well-controlled conditions. The moisture content of the
structural elements as well as fire safety in the building
process can be followed by means of factory equipment.
Using modular building only the final phase of the
execution – the mounting of the modules - will be
provided on the building site. Fire safety measures have
to be taken into account, both, in the factory and on the
building site. The factory conditions form a stable
working environment that makes the fire safety concepts
easier to follow. Modular building was for example used
partly for building the world’s tallest timber building
Treet in Bergen.

Figure 6: Timber buildings with large amounts of
unprotected timber at the execution phase can be
sensitive for the fire risk.

Following the new Nordic Standard, a fire safety plan
during construction shall include measures to limit the
probability of ignition and to limit the impact of a fire.
One member of staff should be appointed as responsible
for the management of fire safety during construction.
Hot-work should only be done by personnel with
relevant permits and experience. A safety distance of at
least two meters from the nearest combustible material is
required. In cases that this cannot be achieved, fire
protection must be used to prevent ignition.

Figure 7: A compartment for a modular building.

After any hot-work, temporary protected surfaces within
two meters should be checked for smoldering or glowing
combustion. In case any type of combustion is identified,
it should be extinguished using fire-extinguishers or
water and any hot-working activities should be
postponed until an improved fire safety plan is
documented. Preventing/controlling heat sources is
implemented for example by banning smoking on site.
The regime of hot-working permits for close monitoring
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of activities such as welding and hot gas procedures is to
be followed.
A plan to mitigate fire spread should be documented and
should include:
 Early compartmentation including the early
placement of doors and windows
 Regularly scheduled checking for obstructions
of doors
 The installation and location of fire
extinguishers or other fire suppressing
equipment.
There has to be a plan for fire extinguishing devices on
the building site for the entire execution phase of the
building. Fire extinguishers should be located:
 Within 5 meters from any hot-working
activities
 At a minimum walking distance of 12m from
any point on the building site
The management of building site waste has to be
handled. Unhandled waste management can lead to
potential fire risks.

5. REQUIREMENTS FOR EXECUTION
WITH RESPECT TO END USE
Fire safety of timber building as any other building
should be solved by design. There have to be different
fire safety concepts included in the design to guarantee
the fulfilling of basic fire safety requirements. Reactionto-fire requirements have to be fulfilled. Fire resistance
requirements have to be proven by calculations or by
full-scale fire testing.

barriers are used, such as stone wool fire barriers, the
dimensions of the fire barriers should be suitable to
firmly clamp the barrier in the cavity [8].
A student house in Luleå was built with threedimensional modules of timber. The constructions for
the modules were properly designed including fire
safety. In August 2013 there was a fire, which originated
in a kitchen due to ignited oil in a saucepan. The fire
spread through the ventilation shaft and ignited
combustible material in the attic. The attic completely
burned out after which the visible fire stopped. However,
within the cavities the fire spread downward (see Figure
9) and caused re-ignition of the fire in lower floors. After
the fire, the building had to be demolished as the fire
damage was too high for recovery. The end result can be
seen in Figure 9. Fire stops between the modules did not
stop the fire spread. That might be due to not proper
installing of fire stops. That can happen and can be
controlled during the execution phase only. There is also
lack of proper test methods to evaluate the performance
of fire barriers in the cavities comprising combustible
materials [8].

Detailed solutions are important in all types of buildings,
but may have greater impact in wooden houses than in
other types of constructions when considering fire safety.
The detailing is especially important at joints between
elements or where installations penetrate the building
components. Quality of the penetration can be only
checked during the execution phase.
Non-structural requirements for the joints of timber
structures are important for the fire safety. Limited gaps
and sufficient tightness are crucial to verify during the
execution phase.

During the execution process the follow-up of design
documents has to be checked to avoid the deviations
from designed safety concept. However, there are
actions during execution that are not covered by design
documents but can affect the fire safety of the end-use
phase of the building. The execution and quality of those
actions can be checked only during the execution phase
of the building.
As mentioned before, one staff member has to be
responsible for the control of compliance with the design
requirements. Additionally, third party control is
required in order to check if the design solutions are
followed. Deviations from the design require an
additional fire safety assessment. Building materials that
are used have to be checked during the execution to be in
accordance with the design.
Timber buildings can be sensitive to correct detailing in
order to prevent fire spread through the cavities. The risk
for fire spread in the cavities is one of the main
challenges for the fire safety in timber buildings. Proper
installation of fire barriers in the cavities has to be
checked and documented. In case compressible fire

Figure 9: Fire spread through the cavities between the
timber modules. Fire in Luleå 2013.
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Figure 10: Fire spread through the cavities between the
timber modules. Fire in Luleå 2013.
Protective materials and details that are used to prolong
the fire resistance time of the joints, have to be
sufficiently fixed to stay in place for the required fire
resistance time. Encapsulated timber structures can have
fire resistance levels similar to concrete structures, but
the encapsulation has to be properly fixed and checked.

Figure 11: Fire barriers tested in the model scale
furnace at SP. Before and after the fire test.

Figure 12: Detailing of fire stops can be only controlled
at the building time [7].
Timber members can have protection by insulation
materials during the fire after the fall off of cladding
layers. Insulation materials give a contribution to the fire
resistance of loadbearing timber frame assemblies by
delaying and slowing the charring rate on the sides.
Insulation must stay in place when its protection is
expected, as was the case for the test shown in Figure 13.
Incorrect mounting of insulation by incorrect work or
missing of fasteners may lead to faster collapse of timber
element in fire due to missing protection on the sides.
The fixing of insulation is important to be ensured
during the execution phase.
Means of fixing of insulation are:
•
Overdimensioning i.e. the width of
insulation batt is (5-10 mm) bigger than the
width of cavity (see figure 13)
•
Fixing the insulation mechanically by
fasteners, such as screws, steelbars, etc
•
gluing the insulation to the other structural
layers on the non-exposed side
•
using steel net or battens with sufficient
cross-section to hold the insulation in place
after the claddings failure

Air tightness of the timber frame assemblies is
important. Air flow through the construction can reduce
the protective properties of the mineral wool. Heavy air
leakage can cause local decompositions of the materials.
Protective properties of the insulation might be
decreasing or lost if noticeable air-leakage through the
construction occurs.

Figure 13: Mineral wool fixed using over-dimensioning
after 60 minutes fire test.

WCTE 2016 e-book | 5561

Figure 14: Fixing
overdimensioning.

of

insulation

material

by

6. FIRE AND SMOKE ALARMS AND
FIRE EXTINGUISHERS
Fire alarms and fire extinguishing devices have to
function during the entire execution phase.
As mentioned before, during construction, fire
extinguishers should be placed within 12 meter walking
distance from every point in the building and within 5
meter from every hot-working activity (as can be seen in
for example Figure 15).
For placement of fire or smoke alarms the following is
recommended:
 Fire or smoke alarms are recommended to be
placed at a maximum horizontal distance of 5
meters from timber frame construction
(columns and walls), unless the product
specifications describe otherwise.
 A fire or smoke alarm is recommended to cover
not more the 50m2 of area in a single
compartment, unless the product specifications
describe otherwise.
 Fire or smoke alarms should be mounted at or
below a maximum height of 7.5 meters from the
corresponding floor level unless specified
otherwise by the specifications of the fire alarm.
For the construction of multi-storey timber buildings it is
recommended to install temporary sprinklers in
stairways and fire hazardous areas. Fire hazardous areas
can for example be areas with a lot of combustibles
present, areas with a risk for highly ventilated fires, or
areas with a high risk of ignition.

Figure 15: Fire extinguishing devices are required for
the works with high temperatures.

Sprinkler systems that are installed for the end use,
should be installed by a certified company and should be
tested and approved before the occupation of the
building.

7. NORDIC EXECUTION STANDARD
FOR TIMBER BUILDINGS
Proposal for Nordic standard on execution of timber
buildings is to be developed by a working group
consisted of the representative institutions and industries
from Finland, Denmark, Sweden and Estonia. The
chairman of the group is Tomi Toratti (Finland).
The goal of the work is to propose a model standard for
execution of timber structures. The standard will give
requirements for construction of timber structures, onsite or off-site, which are used as load-bearing structures
and are made completely or partially from wood-based
structural materials.
For the purposes of this standard, inspection of execution
involves checking the following:
•
Previously non-verifiable project design
requirements of significance for safety are
met,
•
The work is carried out in accordance with
the relevant specifications, drawings, and
other documentation.
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Production and execution should be performed in
accordance with the relevant documents. Deviations
from the production documents should be documented
and corrected.
•
Moisture control
•
Installation of fire safety measures
•
Assembly tolerances
Contents of this paper will be background for the fire
part of the proposed standard.

8. CONCLUSIONS
The following aspects need to be considered in the
execution standard:
•
•

Right materials with sufficient properties
Proper workmanship regarding fire safe
detailing
• Extinguishing systems, alarms, fire safety
installations
• Fire safety on the building site, which includes
managements of combustibles, early
compartmentation, etc.
• Fire safety measures should be taken for the
whole period from start to the completion of
construction
Fire safety has to be assured on the building site during
the entire execution time and for the end use of the
building.
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PERFORMANCE AND REQUIREMENTS DURING EXECUTION
Jørgen Munch-Andersen1
ABSTRACT: The paper deals with construction requirements in the Nordic countries to properties where the responsibility is often left to the contractor. For deflection and vibrations of floors and sound insulation in the finalized
building the various requirements are summarized together with the methods used for determine the performance of the
components. Even the same standards are generally used, the national requirements often makes it difficult to use a
certain design in another country.
Requirements that only affects the execution phase, such as moisture protection and structural stability at intermediate
stages are also dealt with. The national requirements are not specified as strict as the requirements to the final building,
so there is a larger potential for common solutions that can prevent hazards and failures during construction. Fire is
dealt with in another paper.
KEYWORDS: Performance, requirements, execution, vibration, fire, moisture, serviceability

1 INTRODUCTION 123
This paper deals with a number of important requirements to timber buildings for which correct execution,
including its planning, is important.
First the concept of performance and performance-based
requirements are summarized, since it is an useful tool
for communication, between contractor and owner.
Next the requirements in the Nordic countries to vibrations and deflection and sound transmission for the
service life of the building (the finalized structure) are
dealt with. The design for these subjects are often left to
the contractor and therefore relevant for execution.
Structural safety of the finalized structure is not dealt
with. The differences between the Nordic countries (and
Germany) are described in [1].
Further, requirements relevant only during the construction phase are treated. Structural safety and stability as
well as control of moisture exposure during construction
are essential. So is the fire safety during construction.
This is dealt with in another paper [3].
Both this paper and [3] are outcomes of the Nordic
project called NEXT Timber [2], supported by Nordic
Innovation and manufactures.

2 DEFINITIONS
Communication between contractor and owner becomes
simpler if a strict separation of performance and requirements are maintained.

1

Jørgen Munch-Andersen. Danish Timber Information,
jma@traeinfo.dk

Performance is the properties of a building component
with respect to various exposures (e.g. load, sound level
or fire). Ideally, the properties are determined by
standards, through either tests or calculations. The result
can be a number (like sound insulation), or a class (like
reaction to fire). The performance is often included in
the CE-mark.
Free movement of goods across boarders presupposes
that performance is determined by the same methods in
all countries.
Minimum requirements are often found in the national
building regulations or its equivalent. For structural
safety, the requirements are given in Eurocodes 0 and 1
and their National Annexes, whereas Eurocode 5 and the
other material codes gives the performance.
The building owner might require a higher performance
level than the minimum, in order to increase the quality
and thereby the value.
There are also exposures for which there are no formal
requirement. Often there will be common practice,
developed form tradition. These rules are de facto requirements and therefore part of the national regulations.
Requirements are usually performance-based, so each
requirement is given with reference to a performance
determined by a prescribed method. However, deem-tosatisfy requirements still exists.
A 'deem-to-satisfy requirement' is a material specific
requirement, for example, an old-fashioned table in the
building regulations giving allowable spans for timber
beams. Simplifications of performance-based requirements for normal conditions are often given in guidelines
on various levels. This should not be confused with
deem-to-satisfy requirements.
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2.1 SHORT COMINGS
Even it is very useful to distinguish between performance and requirements it does not automatically ensure that
structures of different materials can be compared in a
strict and fair way.
One problem is if the requirements does not reflect the
perception of the users or an objective need. An example
is that fire requirements might favour concrete structures
by requiring use of a non-combustible material, though it
seems to be an unnecessary precaution in the actual case.
It is therefore important to evaluate all methods to determine performance and performance-based requirements
to ensure that they are both relevant and sufficient.
Otherwise, fair competition between various materials
cannot be achieved.

3 SERVICEABILITY
3.1 DEFLECTION AND VIBRATIONS
Eurocode 5 mix up performance and requirements, and
in principle it should not give requirements, as those
belong to Eurocode 0 and should be common for all
materials.
Further, the Nordic countries have very different requirement levels and they are expressed in quite different
ways. Only the Finnish National Annex has a strict differentiation between performance and requirements.
Requirements to vibration and deflection of floors aim
primarily at ensuring comfort. Various measures are
used to describe the performance, from simple deflection
for a concentrated static load to maximum acceleration
or velocity when the floor is excited similar to a walking
person.
A minimum level is usually prescribed or recommended
in national regulations, but the building owner might
want a higher level.
3.1.1 Eurocode 5
Eurocode 5 gives (in Part 1-1, chapter 7) an expression
to evaluate if the stiffness of a timber floor is sufficient.
It appears as a mix of performance and requirements,
and the requirements are not directly comparable to the
requirements to floors from other materials. This is most
unfortunate. Further, requirements ought to be in EN
1990 and the NA to this.
Firstly, it states that the 1st Eigen-frequency (for selfweight only) should be at least 8 Hz, and gives an equation to estimate that for one-way spanning floors. It is on
the safe side to use it for two-way spanning floors. Only
self-weight is regarded, which might be unsafe.
Two nationally determined parameters prescribes the
requirement level. One is simply the allowable deflection
for a static concentrated load a [mm/kN]. The other is a
factor b used to calculate the allowed 'unit impulse
velocity response', ν [m/(Ns2)]. A larger value of b
means that the quality becomes better. Equations to estimate ν is given, which include the effect of the transverse stiffness of the floor.
The allowable value of ν depends on the factor b, the 1st
Eigen-frequency and the 'modal damping', ζ [-], the latter
two dependent on the structure. Eurocode 5 recommends
to use the damping ζ = 0,01. According to a British

guideline IStrucE/TRADA (2007) it will be at least 0,02,
which means that ν never becomes a problem for normal
timber floors. Other studies gives even higher values, up
to 0,06 in a JRC report (Sedlacek et al, 2009). Zhang et
al (2013) gives an overview of how the Eurocode 5 rules
are used in 13 countries.
Eurocode does not give any guidance as how to take into
account the load sharing between beams when calculating the deflection.
Ideally, Eurocode 5 should enable determination of 1st
Eigen-frequency and the deflection for static concentrated load in a way that is comparable to the same properties for other materials. The requirements should be
given in Eurocode 0 or National Annexes to this. The
Finnish NA to Eurocode 5 is strictly divided into performance and requirements, and gives equations to determine the performances for both one-way and two-way
spanning floors. Even they are not essential to timber
floors, it should be observed that the unit impulse velocity response or the acceleration might be relevant other
types of floors.
3.1.2 National rules
Values for the parameters a and b for the method given
Eurocode 5 are given in most countries, often supplemented by a simplified method. Norway and Finland
have much higher stiffness requirements than Denmark
and Sweden.
Denmark
The Eurocode 5 method can be used with a ≤ 2 mm/kN
and with the recommended relation between a and b, but
is presumably not used in practice. A simplified method
for span up to 6 m requires that the simple beam
deflection for a point load is less than 1,7 mm/kN, which
by experience ensures satisfying behaviour. A floor
made of such beams spaced 600 mm and simple cladding (transverse stiffness (EI)b = 5000 Nm) will according to the Finnish equations (1.3.A-B) have a sufficient
Eigen-frequency and a ~ 1,1 mm.
The Danish NA to Eurocode 0 gives common recommendations based on the 1st Eigen-frequency and the
acceleration, which in principle supersedes the method in
Eurocode 5. The recommendation for residential buildings is that the 1st Eigen-frequency should be larger than
8 Hz and the acceleration less than 0,1 % of gravity.
Sweden
The Eurocode 5 method is used with a = 1,5 mm/kN and
b = 100 m/Ns2.
Norway
It is recommended for span up to 4,5 m to use a = 0,9
mm/kN and a = 0,6 mm/kN if high stiffness is required.
For longer span, the 1st Eigen-frequency must be evaluated.
SINTEF Bygforsk (2011) propose to use the recommendation form the study by Hu and Chui(2004) summarized below with the limits a < 1,3 mm/kN and f1 > 10 Hz.
SINTEF offers a programme (BTAB) to determine a, but
the presumptions used are not accessible. The Eigenfrequency should be determined as suggested by Ohlsson
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(1988), which is similar to the Finnish equation given
below as (1).
Finland
The section on vibrations is completely replaced in the
NA to Eurocode 5, defining performance and requirements in terms of the simple deflection and 1st Eigenfrequency. If 1st Eigen-frequency is larger than 9 Hz it is
sufficient to show that the simple deflection of the floor
beam for a concentrated load is smaller than 0,5 mm/kN.
If the longest side length of the room is smaller than 6 m
larger deflections are accepted, for e.g. 4 m a deflection
of 0,65 mm/kN is permitted. A similar requirement
applies to the floorboards etc. for a point load placed
between two beams.
The 1st Eigen-frequency for a two-way spanning floor
may be calculated as
f1 =

π
2l 2

⎡ ⎛ l ⎞ 2 ⎛ l ⎞ 4 ⎤ ( EI )b
( EI )l
1 + ⎢2 ⎜ ⎟ + ⎜ ⎟ ⎥
m
⎢⎣ ⎝ b ⎠ ⎝ b ⎠ ⎦⎥ ( EI )l

(1)

where:
• l is the floor span, in m;
• b is the width of room, in m;
• (EI)l is the equivalent plate bending stiffness of the
floor about an axis perpendicular to the beam
direction, in Nm2/m;
• (EI)b is the equivalent plate bending stiffness of the
floor about an axis parallel to the beam direction, in
Nm2/m;
• m is the mass per unit area calculated as the sum of
the self-weight of the floor and the quasi-permanent
value of the imposed load (ψ2qk), in kg/m2.

The requirement is given as recommended class
depending on the use of the building. The report contains
both detailed equations for estimating the various parameters and very simple approximate equations. Further
simplifications of the general approach can be made for
each material.
The damping for a timber floor is in the JRC-report
given as 0,06 in opposition to the 0,01 given in Eurocode
5, and also much higher than given for other materials.
The value might need confirmation before used for
design.
Jarnerö (2014) suggests a new vibration performance
criteria and introduce classes A-D which the aim to
ensure the same level of user satisfaction as the classes
used for sound insulation. A study is carried out of user
perception for buildings fulfilling the requirements in the
Swedish NA to Eurocode 5 (f1 > 8 Hz, a ≤ 1,5 mm/kN, b
≥ 100 m/Ns2). Jarnerö suggests a ≤ 0,7 mm/kN for class
C, independent of f1 (except it should be higher than 8
Hz).

Eigen-frequency vs. deflection
Hu and Chui (2004) proposed, based on a study of user
perception in Canada, the following relation between 1st
Eigen-frequency f1 (in Hz) and the deflection a (in mm)
for the load 1 kN
f1 / a0,44 > 18,7

(3)

which is represented by the black curve in Figure 1.
The paper gives advanced equations for determining the
parameters taking transverse stiffness into account. The
Finnish equations (1) and (2) can be used as
simplifications, but the Canadian relation presuppose
that the Eigen-frequency is determined for self-weight
only.

The maximum deflection a caused by a point load may
be calculated as
⎧
l2
⎪
⎪ 42 k (EI )l
a = Min ⎨
l3
⎪
⎪ 48 s (EI )
l
⎩

(2)

where

•

k = Min ⎣⎡ 4 ( EI )b / ( EI )l ; b /l ⎦⎤

• s is the spacing of floor beams, in m.
kδ is expressing the ability of the floor to distribute load
between the beams. The other term is the deflection of a
single beam (s (EI)l is the stiffness of one beam).

3.1.3 Other recommendations
General calculation methods and requirements valid for
all materials are proposed in a JRC-report by Sedlacek et
al (2009), intended as background for future Eurocodes.
It is based on Eigen-frequency, modal mass and
damping. From these values, the floor can be assigned to
a class indicating the performance, independent of the
primary construction material.

Figure 1. User perception for vibration of timber floors in
Canada. Purple marks indicate dissatisfied users, blue marks
satisfied users. f1 is calculated using self-weight only. After
(Homb, 2007). The black curve is the criteria proposed by Hu
and Chui (2004). The red line is the simplification in Eq. (4).
The blue and purple line represents constants 17 and 15
instead of 19 in Eq. (4).

Homb (2007) compared the results from Hu and Chui
with studies in Finland (Toratti & Talja, 2006) and
Norway (Homb et. al., 2007), see Figure 2 and 3, where
the black line represents Eq. (3).
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The Finnish study has structures with very low Eigenfrequencies represented and the Norwegian study has an
intermediate group for user perception, which can assist
in defining classes. In all cases, Eq (3) seems to predict
the uses perception very well and can be assumed to
represent a high degree of user satisfaction.
The consequence of the Eigen-frequency f1 being
measured in Figure 2 and 3, whereas it is calculated
based on the self-weight in Figure 1 is not straight
forward to estimate. But assuming the measurements are
taken in inhabited apartments the measured f1 is
somewhat lower than if it was calculated based on selfweight, presumably about 2 Hz. This equals to shift the
curves 2 Hz to the left. In Figure 3 the black curve will
then be even better in dividing into satisfied user and the
others, whereas in Figure 2 it will mean that more
dissatisfying floors will be assumed good.

Figure 2. User perception for vibration of timber floors in
Finland. Red marks indicate dissatisfied, green marks satisfied
users. f1 is measured. After (Homb, 2007).

Figure 3. User perception for vibration of timber floors in
Norway. Purpel marks indicate dissatiesfied users, blue marks
satiesfied users and yellow marks neiter-nor. f1 is measured.
After (Homb, 2007).

It is obvious that other relations than (3) will represent
the data with a quite similar accuracy. The red line in the
three figures are determined from the simpler
f1 / a0,5 > 19

(4)

(with f1 in Hz and a in mm/kN) which only deviates

significantly from the black line for high Eigenfrequencies, in an area with very few observations. The
blue and purple lines represents constants 17 and 15
instead of 19 in Eq. (4). The number represents the
necessary minimum Eigen-frequency if the static
deflection is a = 1 mm/kN. Classes for user satisfaction
could perhaps be defined by this number.
Below 10 Hz it is most difficult to judge the necessary
value for a from the observations, but for f1 = 12 Hz the
stiffness limit for high degree of satisfaction seems to be
a ≤ 0,4 mm.

3.1.4 Discussion
It seems possible to describe the vibration and deflection
performance of timber floors in terms of the 1st Eigenfrequency f1 and the deflection a for a point load. In the
simplest form just as a minimum 1st Eigen-frequency and
maximum deflection a.
The method given in Eurocode 5 with a limit for the unit
impulse velocity response ν will rarely, if ever, be a
practical restriction when f1 > 8 Hz and a < 2 mm/kN,
especially as the real damping seems to be considerably
higher than 0,01 as given in Eurocode 5. Therefore, it
has little or no consequence that the unit impulse
velocity response it is not used in some countries.
1st Eigen-frequency f1
The various requirements prescribes a minimum 1st
Eigen-frequency between 8 and 10 Hz, but some criteria
prescribes that the Eigen-frequency should be
determined for only the self-weight (as in Eurocode 5),
in other cases the quasi-static part of the imposed load
should be included. This decreases the 1st Eigenfrequency by about 2 Hz, which should be taken into
account when comparing different requirements. So a
requirement of minimum 8 Hz when the mass includes
the quasi-static load might be a harsher requirement than
10 Hz when the mass used is only the self-weight.
Various equations takes the transverse stiffness into
account. Judged from Eq. (1), the influence of the
transverse stiffness on f1 is very limited when only
claddings on upper and lower side of the beams are taken
into account. Noggins between the beams will increase
the effect, and a simple equation for that ought to be
established.
Deflection a
The allowable deflection a for a point load is much
smaller in Norway and Finland than in Denmark and
Sweden (and most other countries).
The secondary stiffness (EI)b has a significant influence
on the deflection, even if the only contribution comes
from the claddings as assumed in the Finnish Eq. (2). If
there are noggins between the beams, which forces
neighbour beams to move together with the beam where
the load is applied, the effective stiffness for a point load
will be much higher. The deflection might come to about
the half, but no simple equation is available to estimate
this. It is quite essential for timber floors to obtain such
an equation.
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Combined criteria
The perception studies shows that user satisfaction
increases with f1 / a0,5. From Eq. (1) and (2) it is seen that
this ratio is largely proportional to the primary bending
stiffness (EI)l.
It seems like f1 / a0,5 ≥ 19 will ensure a very high degree
of user satisfaction, or if f1 is determined including
quasi-static live load f1 / a0,5 ≥ 17.
There is some discrepancy between the three perception
studies. It may appear as if the Norwegians are more
tolerant than the Canadians are, whereas the Finnish are
more critical. It could be due to different expectations,
the method used to obtain the user perception or to
different construction practise, which influence the
perception but not reflected by the two parameters used.
If it is chosen to base the criteria on the Eigen-frequency
determined for only self-weight f1 / a0,5 ≥ 19 could
perhaps represent class A. In Class B and C the
requirement could be reduced by e.g. 2 and 4,
respectively, maybe a little more.
The requirement 15 would be fulfilled by e.g. a = 1,0
mm/kN and f1 = 15 Hz or by a = 0,45 mm and f1 = 10
Hz. This is not too far from the stricter of the Nordic
rules. It might be most attractive to aim at a fairly high
Eigen-frequency as the evidence for the criteria is
somewhat doubtful for low frequencies.

a weighted average over a range of frequencies. A higher
value means better performance.
The performance regarding impact sound is expressed as
the sound level L'w [dB] from a standardized impact
machine, also weighted over a range of frequencies. A
lower value means better performance.
The frequency ranges originally specified in the
standards (100 – 3150 Hz) have proven to be insufficient
for lightweight structures such as timber structures.
Therefore, corrections C respectively CI for especially
low frequencies have been defined and given in CENstandards, but there are several corrections taking
different frequencies into account. For airborne sound
transmission, the most common correction is called
C50-3150, indicating that the frequency range has been
extended downwards from 100 Hz to 50 Hz.
Unfortunately, there are a number of measures for the
performance, which complicates communication.
It should be noted that all requirements in Building
Regulations refer to test values, so models for
calculation of sound properties is a tool for the designer,
but it is not accepted as proof of performance.
For lightweight structures, reliable calculation methods
are still unavailable, because the flank transmission is
insufficiently understood. This means that design must
be based on experience and engineering judgements.

3.2 SOUND

3.2.2 Requirements
Only requirements between two dwellings are dealt with
here. Other requirements applies between e.g. dwellings
and corridors, between classrooms and so on.
The requirements are mostly expressed by classes (A, B
C), but the performance needed in a class is different
between the Nordic countries, which might lead to
confusion. Those for dwellings are summarized in Table
1.
Class C represents the minimum requirement given in
the Building Regulations or similar. Most countries have
also defined classes B and A, in case the client requires a
better performance. The classes are defined by means of
the performance properties mentioned above and are
quite similar, but not identical.

The requirements to sound transmission between rooms
or dwellings can be divided into two subjects:
1. Air borne sound transmission
2. Impact sound transmission
Other aspects of building acoustics are noise from traffic
and installations, which are not dealt with in this study.
The principles are very similar to air borne sound
transmission between rooms.
3.2.1 Performance
The performance is determined through testing
according to CEN-standards.
For air borne sound, the performance is expressed as the
damping through the structure R'w [dB]. The damping is
Table 1. Requirements to sound insulation between dwellings.
Denmark
Norway

Sweden

Finland

R'w+C50-3150 ≥ 53 dB

R'w ≥ 55 dB

Airborne
Class C

R'w ≥ 55 dB 1)

R'w ≥ 55 dB 3)

Class B

R'w+C50-3150 ≥ 58 dB

R'w+C50-5000 ≥ 58 dB

R'w+C50-3150 ≥ 57 dB

R'w+C50-3150 ≥ 58 dB

Class A

R'w+C50-3150 ≥ 63 dB

R'w+C50-5000 ≥ 63 dB

R'w+C50-3150 ≥ 61 dB

R'w+C50-3150 ≥ 63 dB

Class C

L'n,w ≤ 53 dB 2)

L'n,w+ ≤ 53 dB 2)

L'n,w+CI,50-2500 ≤ 56 dB

L'n,w ≤ 53 dB

Class B

L'n,w+CI,50-2500 ≤ 48 dB

L'n,w+CI,50-2500 ≤ 48 dB

L'n,w+CI,50-2500 ≤ 52 dB

L'n,w+CI,50-2500 ≤ 49 dB

Class A

L'n,w+CI,50-2500 ≤ 43 dB

L'n,w+CI,50-2500 ≤ 43 dB

L'n,w+CI,50-2500 ≤ 48 dB

L'n,w+CI,50-2500 ≤ 43 dB

Impact

1) For light weight structures it is recommended also to fulfil R'w+C50-3150 ≥ 53 dB.
2) For light weight structures it is recommended to fulfil L'n,w+CI,50-2500 ≤ 53 dB.
3) For light weight structures it is recommended also to fulfil R'w+C50-5000 ≥ 55 dB.
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In Denmark the classes for dwellings are defined in DS
490, where class C is the lowest acceptable class for new
buildings. The correction for low frequencies is not
compulsory in class C, but it is recommended to use it
for light weight structures. For airborne sound the
requirement is then lowered by 2 dB. For buildings other
than dwellings a guideline is published (Delta, 2013).
In Norway the classes are defined in NS 8175. Also here
the correction for low frequencies is only recommended
in class C. For airborne sound, the correction is extended
upwards to 5000 Hz (from 3150 Hz). This makes
presumably little practical difference as the problems lies
at the low frequencies. Background is given in (Glasø,
2011).
In Sweden the classes are defined in SS 25267. For Class
C the numbers are also given in the building regulations
(BBR 2015). The requirement level for each class is
quite moderate, especially for impact sound, where the
level is about a full class lower than in the other
countries.
In Finland the classes are defined in SFS 5907
Acoustics classification of spaces in buildings. For Class
C the numbers are also given in the building regulations.
The correction for low frequencies is neither used nor
recommended in class C.

4 EXECUTION
4.1 Structural stability
Failures of timber structures during execution are often
related to insufficient stability. It is typically lack of
ability to sustain horizontal load or missing bracing of
compressed members. It is not sufficient to ensure that
the final structure is correctly designed and executed
with respect to stability because situations that are more
critical might occur during execution. The conditions at
each phase ought to be accounted for, i.e. loads (requirement) and capacity (performance) must be checked.
Critical conditions might occur
• if the force in any structural member, including
bracings, are higher during the construction phase
than afterwards, e.g. due to temporarily stored
materials or higher wind load before the cladding is
installed
• during the period from the main elements are erected
and until the bracing is installed, where even the selfweight could cause failure.

on typical trussed rafters during erection has been
investigated in a wind tunnel (Munch-Andersen, 2007).
Usually a lower design wind speed can be assumed when
the situation is only present for a few days and the
weather forecast is checked. Further, a larger risk of
failure is often accepted during the construction phase
because the building site can be evacuated. But the
erection phase might still be the most critical during
design. Figure 4 shows a case.

Figure 4. Insufficient bracing against wind load during
construction.

Gravity load
Even the compressive force in the head of a trussed
rafter originating only from the self-weight might cause
failure if the trusses are not brazed laterally, see Figure
5. Also load from temporary storage of building
materials might cause failures, see Figure 6. In the
finalized building snow load is usually the critical load,
but lack of bracing can also cause failure just for selfweight as shown in Figure 7.
Trussed rafters are also used to support formwork for insitu casting of concrete structures. Sufficient bracing of
the compressed members is extremely important.
Catastrophic failures have occurred due to insufficient
attention to bracing.

4.1.1 Trussed rafters
A very common structure where stability problems can
occur is trussed rafters forming a roof. This type of
structure involves both types of critical conditions.
Wind load
When the rafters are exposed to wind load before the
roof cladding is added the wind will act on every truss
for certain wind directions. For long buildings the total
force on the stabilizing system could be more than 10
times higher during erection than when the building is
finalized, assuming the same wind speed. The wind load

Figure 5. Unbraced scissor trusses just before failure subjected
only to self-weight. The trusses are connected to each other,
but there is no bracing system.
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Temporary
battens

Figure 6. The weight of a pile of panels, intended to become
the stabilizing system, causes the trusses to fail.

Figure 9. A stiffening element is needed, e.g. a trussed rafter
placed between the first two rafters erected. Until the final
cross-bracing can be installed, the structure must be affixed
temporarily for lateral movements.
Figure 7. Lack of brazing is also a common error in finalized
buildings.

Cladding of the trusses with panels can be used for
bracing instead of cross bracing. An advantage over
cross bracing is that panels can be installed during the
erection, and will reduce the wind load on the structure.
This effect is also studied in (Munch-Andersen, 2007).

4.2 MOISTURE

Figure 8. Trussed rafter as stiffening element mounted between
to trusses.

Bracing system
A stiffening element is the key in the bracing system. It
could be two trusses connected with a trussed rafter, see
Figure 8 and 9. Further, internal members subjected to
compression might also need bracing.
Besides, the ridge must be kept in place, which in the
final structure can be ensured by cross bracing, but a
temporary support is necessary.

Exposure to moisture changes during the construction
phase of timber buildings can cause severe harm to the
structure, regarding both the load-carrying capacity, the
durability and the indoor air quality, especially the risk
of mould growth. It is therefore important appropriately
to protect the materials and components against direct
rain or snow, moisture from the ground and relative
humidity from the air.
The need for protection depends on both the construction
method and which wood materials (and other materials)
that are used. Volume elements and flat elements which
are closed need less protection, partly because rain does
not easily penetrate, partly because the construction time
is short.
The Nordic countries all have some requirements
regarding moisture during execution. There is generally
focus on protecting the wood material from rain and
ground moisture during execution, especially in order to
avoid mould growth. Moisture contents above 20 % is
regarded as harmful.
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4.2.1 Performance
With respect to moisture, the performance of wood
products during the construction phase is their ability to
withstand the following risks, arising from the exposure
to moisture in various forms during the construction
phase:
• cracking
• swelling
• delamination
• mould growth
• decomposition
• bad appearance
Moisture content
For structural timber, the mean value of the moisture
content at delivery at the building site or component
manufacturer could be up to 25 %. Strength graded
timber can be ordered as 'Dry sorted', which mean it was
dried to an average MC below 20 % before grading, but
individual pieces might be up to 24 % and it does not
guarantee that it is not subjected to rain afterwards.
For engineered wood products, the maximum moisture
content when leaving the factory are given in the product
standards, but most products are manufactured using
heat for curing the glue so the moisture content at
delivery is quite low. Consequently, they will swell
when exposed to normal humidity and the interesting
moisture content might be the lowest possible at time of
installation, rather than the highest. Besides structural
timber, only solid products as glulam and CLT are likely
to shrink.
Cracking
Some cracking must always be expected in wood materials, but it is only in structural timber clearly, where
visible cracks often are present. The risk of serious
cracks will increase if the moisture content changes
rapidly so the moisture distribution over the crosssection becomes very uneven. For products like structural timber, glulam and CLT cracks due to shrinkage
could compromise safety. Precautions should therefore
be taken to ensure that moisture change of solid wood
products occurs slowly.
Swelling
Swelling and shrinkage of wood materials can cause
severe movements of the structure, including gaps
between panels. The risk depends on the wood product,
both because the swelling coefficient is quite different
for the various products, and because they are delivered
at different moisture contents. Especially for panels and
floor boards, swelling in worst case might cause damage
to other building parts and perhaps harm the loadcarrying capacity.
The possible swelling can be estimated from Figure 10
and Table 2, provided the moisture content at the time
installation is known.
Delamination
Wood products manufactured for service class 1 might
delaminate if exposed to a relative humidity above 65 %
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Figure 10. Sorption curves for some wood materials, giving the
relation between relative humidity and moisture content.
Table 2. Swelling coefficients for wood materials per % change
in MC.
Length
Width
Softwood
0,15 ‰
~2,5 ‰
Plywood
0,15 ‰
0,15 ‰
Particle boards P4+P6
0,5 ‰
0,5 ‰
Particle board P5+P7
0,3 ‰
0,4 ‰
Cement bonded PB
0,5 ‰
0,5 ‰
OSB/3
0,3 ‰
0,3 ‰
OSB/4
0,2 ‰
0,3 ‰
MDF
0,5 ‰
0,5 ‰
Fibreboards, medium
0,4 ‰
0,4 ‰
Fibreboards, hard
0,3 ‰
0,3 ‰

for more than a very short period of time. They are
therefore unsuitable for components installed before the
building is closed and, if needed, heated. If the glue used
is applicable in service class 2, as it is often the case, it is
of less importance if the wood species are not durable in
class 2.
Products manufactured for service class 2 can generally
sustain an accidental short-term exposure to rain on a
vertical component, if allowed to dry afterwards.
The risk of delamination is mostly eliminated if products
glued for service class 3 is used. It is of less importance
if the durability of the wood species is formally
insufficient for class 3, as long as it is allowed to dry
afterwards.
Mould growth
Mould growth on surfaces appears usually as a result of
high moisture content of the surface and a not too low
temperature. It is enhanced by dirt, including sawdust,
on the surface. It can develop quite fast and be costly to
remove. Mould growth stops when the material dry out
and it does not affect the structural performance, but may
harm the indoor air quality in the finalized building.
Mould growth can be prevented by applying certain
preservatives, but they could also be harm-full to the
indoor climate in the finalized building. Note that
conventional pressure impregnation does not prevent
mould growth.
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Decomposition
Rot, insect attack and similar incidents that destroys the
timber only takes place if the moisture content is high
(above 20 %) for a longer period and the temperature is
above 15-20°C. The moisture conditions during the
construction phase are unlikely to influence the risk.
Common reasons are leaks in the building envelope,
where rain can penetrate, or leaking pipes, but also
condensation of indoor air humidity due to incorrect
detailing can cause rot.
Bad appearance
Internal surfaces are likely to be stained or otherwise
discoloured if subjected rain, but also high humidity
might harm the appearance.
4.2.2 Requirements
The Nordic countries all have some requirements
regarding moisture during the construction phase, either
in the Building Regulations or in standards. There is
generally focus on protecting the materials from rain and
ground moisture during the construction phase,
especially in order to avoid mould growth. Moisture
contents above 20 % is regarded as harmful.
If properly protected from rain and snow during all
stages from factory to finalized building is this should
only be a problem for structural timber, as all other wood
materials will have lower moisture content, also if
exposed to the exterior humidity for a longer period. But
exposed to indoor climate in a concrete building where
the concrete is drying might cause critical moisture
content in wood products during the construction phase
if ventilation and heating is not sufficient.
In Denmark the Building Regulations recommends to
use fully covered building sites in order to avoid
moisturising that could cause mould, especially when
using moisture sensitive materials (read: wood etc.).
There is also focus on leaving time for materials to dry
(read: concrete etc.).
The Finnish standard SFS 5978 is a guideline on the
construction phase. It contains an extensive section on
avoiding problems caused by moisture. It suggest a
moisture control plan to be developed in corporation
between the designer and the contractor, specifying
which materials that will be used, the weather protection
level, permissible moisture contents, how, when and by
whom the moisture content should be measured and
means to rectify deviations.
In Sweden the moisture content of all timber that will be
delivered to building site may not exceed 16%.

5 CONCLUSIONS
Regarding serviceability, the performance is mostly
determined by the same methods in the Nordic countries,
even there are small deviation. Just small deviations in
the methods to determine the performance might
obstruct the transfer of both building systems and
knowledge.
The requirements are quite different in many cases. This
complicates transfer of knowledge between the Nordic
countries because complete redesign of a building

system is often necessary. Hereby is knowledge about
structures that fulfil the requirements with respect to e.g.
sound transmission also lost. Regarding vibrations
guidelines based on the same principles would be an
improvement.
During execution, the concept of performance and
requirements might also be helpful. Since these subjects
are not dealt with as strict nationally as the requirements
to the final building, there is a larger potential for
common guidelines that can prevent hazards and failures
during construction.
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PREFABRICATION – THE FUTURE OF NORTH AMERICAN WOOD
FRAME CONSTRUCTION
Kevin Cheung, Kenneth Koo2, Mohamed Al-Hussein3, Robert Kok4,
Tanzia Sharmin5, Haitao Yu6
ABSTRACT: Wood-frame is the most efficient and cost effective construction method in North America, and is the
dominant construction method for residential and small commercial buildings. With a growing emphasis on sustainable
communities and affordable housing, recent building code changes in Canada have permitted combustible construction
for buildings up to six storeys in height. Recently, wood has emerged as the material of choice for structural framing of
midrise residential and mixed-use residential-commercial buildings. Modern wood construction requires highly detailed
and well researched structural and fire-safe solutions. The prefabricated systems of modules or panels are the solutions
to satisfy such requirements. Factories with computer-controlled machinery produce prefabricated panels which satisfy
the precision and other requirements for midrise wood-frame construction in accordance to a third-party audited quality
assurance program. This article provides an understanding of the various types of prefabricated systems, their features,
and advantages.
KEYWORDS: midrise, wood-frame construction, prefabrication, modular, panels, quality assurance program

1 INTRODUCTION 123
Wood-frame construction with standard dimension
lumber is the traditional and preferred method of
construction for residential and small commercial
buildings in North America. It remains the dominant
construction method due to the efficiency and economy
it offer. Wood frame construction is light-weight, strong,
durable, easy to insulate, easy to renovate and delivers
good returns to developers. Wood is the only major
building material that is renewable and new engineered
wood products provide for even more choices.
The light wood frame structure distributes the lateral and
vertical loads through the diaphragm actions between the
structural wood sheathing panels and stud/joists of
structural framing lumber and/or engineered wood
products (EWP). The wood shear walls and diaphragms
are widely recognized for their ability to assist structural
designers in satisfying the requirements of vertical and
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severe lateral load situations such as earthquakes and
wind storms. Connections such as nails and anchor bolts
can transfer and distribute the loads throughout the walls
and floors to the foundation.
North America building codes recognizes wood frame
construction as engineered design or conventional rules.
Engineered design uses fully design systems to resist the
calculated loads. A load path is established and each
element of the load path is designed to resist the
calculated loads. The conventional rules prescribe the
minimum roof, wall and floor and the connections
between them and braced walls requirements and anchor
bolt requirements.
Tall wood buildings were built all across United States
and Canada since 1800s [1]. They were usually built
with un-reinforced brick with mortar in exterior walls
and heavy timber beam and posts interior for uses as
factories, warehouses and manufacturing plants during
the industrial era. The buildings were up to 9 storeys
with a building height up to 100 feet (30 m) with total
floor area up to 312,000 ft2 (29,000 m2). Today, these
buildings are being updated and converted to prestige
offices and luxurious loft condominiums. All
conversions must conform to the current U.S. [2] and
Canadian [3] code provisions to change of occupancy
for historical buildings while achieving appropriate
levels of safety with regards to structural and fire
resistance performances.
In Toronto, Canada, the first tall wood building was built
in 1859 and the last tall wood buildings were built
around 1940s. In 1941, the first National Building Code
of Canada was introduced and the maximum building
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height with combustible construction was limited to 4
storeys for heavy timber construction while wood frame
construction was limited to 3 storeys [4]. This limit was
raised in recent years to 4 storeys with installation of
automatic fire suppression system, such as sprinklers.

2 MIDRISE CONSTRUCTION
The recent emphasis on environmental accountability
and sustainability has raised the profile of wood as a
natural building material for construction. It has aesthetic
values and offers warmth to its occupants in exposed
applications. Wood products take less energy to
manufacture and affect the environment less than any
other construction material. Every cubic metre of wood
used as building materials reduces 2 tonnes of CO2 [5]
burden on our environment.
Most North Americans live in the suburbs, residing in
low-rise wood-frame construction ranging from detached
single-family houses to one- to three story apartments
and condos. Suburban growth has continued since the
end of World War II, resulting in sprawl and increasing
the local government costs to provide infrastructure and
services such as streets, water, and waste management.
Today, North American cities are planning for the
shifting demographics and rising land costs by turning to
denser and taller housing solutions such as in-fill
projects in the cities and town centres in the suburbs.
The focus is to create affordable, healthy, sustainable
communities and neighbourhoods that are transitoriented and pedestrian-friendly. The easy access to
public transit can reduce the need for parking spaces in
these development projects. The popularity of midrise
wood frame construction for condominium and
apartment projects is spreading across North America.
These wood-frame projects are attracting developers and
specifiers who are increasingly building projects
certified to green building rating requirements to manage
and reduce impacts to the climate and environment.
Meanwhile, the population growth and a greater
concentration of jobs in major cities have increased the
need for housing densification considered in city
planning. The cost is high with building infrastructure to
support the increase in population density. Midrise wood
frame residential construction, up to six storeys, is used
to provide housing and has emerged as the construction
method of choice for midrise construction [6].
Midrise wood-frame construction can be used for
apartments/condos, motels/hotels, dormitories and senior
living facilities. These projects provide an economical
solution to rising land and construction costs through
reduced construction time and competitive material
costs. Wood is often an economical choice compared to
the higher priced steel and concrete structural
components. Hybrid construction using sawn lumber and
engineered wood products with reinforced concrete
and/or steel structural assemblies with pedestal (podium)
design provide new and exciting avenues in mixed-use
projects (Figure 1). The concrete podium can provide a
fire-resistance-rated separation between lower floors for
retail and other uses and wood framing construction
above for residential occupancy.

Figure 1: La Jolla Crossroads, La Jolla, California, USA –
five-story wood-frame construction (plus one-story loft) atop
one level of concrete parking; under construction (left) and
completed (right)

2.1 BUILDING CODE CHANGES
The International Building Code (IBC) is the U.S. model
building code providing minimum provisions for life
safety and property protection [7]. Individual state can
adopt the IBC with amendments specific to the state.
IBC allows combustible construction in Building Types
III, IV and V and wood framing is classified as Type V
construction. The IBC prescribes maximum allowable
building height and floor area for different construction
Types, to address life safety considerations and firefighting strategies.
Some US cities have approved local ordinances to allow
five-story Type V wood-frame construction such as
Portland in Oregon State, Seattle and Tacoma in
Washington State with additional requirements of firefighting access and limit on maximum building height.
In Canada, the province of British Columbia amended its
building code in April, 2009, to permit midrise woodframe construction for residential occupancy up to six
storeys. The Régie du bâtiment du Québec (RBQ)
allowed a six-storey glued-laminated timber structure to
be constructed using the “Alternate Solutions” path in
the Québec building code. Ontario’s Ministry of
Municipal Affairs and Housing (MMAH) amended its
building code and midrise wood construction permitting
mixed occupancies effective January 2015 [8]. The
recently published National Building Code of Canada
(NBCC) 2015 permits midrise wood construction for
mixed occupancy [2].
2.2 CHALLENGES
There are challenges associated with the construction of
midrise wood-frame buildings. The challenges and
requirements for innovative designs are documented in
the Association of Professional Engineers and
Geoscientists of British Columbia Technical and Practice
Bulletin: Structural, Fire Protection and Building
Envelope Professional Engineering Services for 5 and 6
Storey Wood-Frame Residential Building Projects
(2009). FPInnovations published the Midrise WoodFrame Construction Handbook (Figure 2) in the fall of
2015 based on latest research results with
recommendations [9]. FPInnovations and Department of
Civil Engineering of University of British Columbia of
have jointly developed the MidplyTM shear wall which
can provide twice the lateral load capacity of a standard
shear wall.
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Figure 2: FPInnovations Midrise Wood-Frame Construction
Handbook

The midrise wood frame constructions are being built for
large scale apartment/condominium projects with
hundreds of units (Figure 3). As a result, key and critical
aspects of design challenges must be addressed such as
(i) increased structural loads due to dead, live, wind, and
seismic loads; (ii) cumulative shrinkage and differential
movement between materials (iii) increased fire
resistance ratings for fire separations due to larger and
taller buildings; (iv) increased acoustic ratings between
residential units and (v) construction site management
procedure [6].

Figure 3: Remy Apartments,. Richmond, British Columbia,
Canada – 188 apartment in six storey wood frame buildings
with 2 levels concrete parking below; construction (left) and
completed (right)

Greater attention must be paid to address cumulative
vertical loads (dead, live and snow in addition to
overturning from wind and seismic) in a midrise building
with regards to load paths and efficiency of load
transfers. EWP products such as structural composite
lumber (SCL) and wood I-joists can handle the loads
effectively. As load path is more efficient when there is
full contact between members, higher dimensional
precision of all assemblies can be obtained with good
quality control for all assemblies. The factory fabrication
with computer numerically controlled (CNC) machines
in a controlled dry environment will ensure a high
degree of precision and quality control for all wall, floor
and roof assemblies.
Higher buildings are subjected to increased lateral loads
from wind and seismic loads due to the increased surface
area and height. Shear walls and diaphragms are critical
and must be detailed and constructed. In tall wood
framed buildings, lateral stability and the larger
overturning moments can be addressed by the
proprietary continuous full-building-height self-adjusting
steel tie rod systems to work with the shear walls and

diaphragms. They are strategically located at intervals
and shear walls as determined by the structural engineer.
Additional details must be considered if the stairwell and
elevator shafts are made of concrete or masonry for the
code required fire resistance for fire separations. There is
new alternative of using solid nailed laminated timber or
with gypsum wall board sheathed wood framed fire wall
systems. Special details are developed to address
connection between different construction materials for
differential movements due to wood shrinkage/swelling
from changes in wood moisture contents and to the
contraction/expansion from changes in temperature
during construction and in service of the building.
With denser population in a closer building, airborne
noise and impact transmissions between occupancies,
both vertically and horizontally, are identified as a
performance issue that must be addressed. Mass,
stiffness, sound absorbing material and structural
discontinuity are methods that can address these issues.
Construction site managements for material delivery,
storage and installations will be crucial due to size of the
projects and material flow. Greater attention to structural
and integrated design details will result in precise wall
and floor panel prefabrication and reduce on-site
complexity. Prefabrication can drastically reduce the
speed of construction and minimize the exposure to site
issues during construction such as fire and rain.

3 PREFABRICATED SYSTEMS
Wood-frame construction is known for its economy,
versatility, and speed of erection, but not necessarily for
its accuracy and precision, given the dependence on
traditional, site-built methods typical of this domain of
construction. The issue of construction quality can best
be addressed by prefabricated systems.
Due to continually increasing pressure on project
schedules, as well as economic factors such as rising
land and construction costs, there has been an evolution
towards the use of offsite and prefabricated construction
methods such as panelized floor and wall panels and
modular volumetric systems.
The prefabrication process requires rigorous construction
planning prior to the project commencement. All aspects
must be addressed including architectural design and
structural, electrical and mechanical engineering.
In North America, wood frame construction has entered
into an exciting era as advancement in technology,
testing and research with new EWP products enabling
midrise construction to be a reality. The midrise
construction has major implications in social, society and
environment and city planning.
Prefabrication of larger building elements at an offsite
factory setting is simply a natural evolution in the
construction process towards the use of modern methods
of construction in the manufacturing of modular
volumetric systems and panelized building systems.
3.1 MODULAR VOLUMETRIC SYSTMEMS
Modular volumetric buildings consist of threedimensional modules or sections that are produced and
shipped to the building site for final assembly. The
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modules are connected on site by attaching them side by
side, or stacking them to produce buildings of any size.
The modules can be up to 95% completed in the factory
including insulation, air/vapour barrier, plumbing,
electric wiring, exterior siding, drywall, trim, flooring,
cabinets and other construction details. On-site finishes
may require a few weeks, depending on the style and
additional features, before they are ready for occupancy.
Once completed, the detail of modular buildings can be
virtually indistinguishable from traditional site-built
buildings.
Modular volumetric construction is attractive to builders
and developers due to faster construction time as labor
and material variance as well as weather related issues
affecting traditional site built construction are all
addressed by the factory. The factory (Figure 4) will
provide quality and consistency of construction with
trained working teams under a third party quality
assurance program. The factory can take advantage of
reduced construction cost with bulk purchase of
materials and shipment costs. There will be less
disruption at the job site with minimum waste.

usually within a 500-miles (800 km) radius. Cranes and
their swing space are required and should be taken into
consideration at the planning stage (Figure 6).

Figure 6: Installation of multiple modules of a multi-storey
residential building (courtesy of Maple Leaf Homes)

As modular volumetric construction is similar in size and
application to on-site stick-frame construction, modular
construction in Canada must comply with the
requirements specified in NBCC Part 9 for housing and
small buildings. For buildings outside the scope of Part
9, the construction must comply with other parts of
NBCC. In the U.S., modular volumetric homes are
designed and constructed according to the International
Building Code (IBC), International Residential Code
(IRC) [10] or other codes adopted by the local authority
having jurisdiction (Figures 7 and 8).

Figure 4: Modular volumetric plant
(courtesy of American Modular Housing Group)

Figure 7: Muhlenberg College,
(courtesy of University of Alberta)

Allentown, PA,

USA

Modular volumetric modules do not have axles or a subframe, meaning that they are typically transported to job
sites by means of flat-bed trucks (Figure 5).
Transportation of modular sections presents a major
challenge due to restrictions on road width and height
limitations. Special traffic permits may be required for
transportation purposes. The dimensions of modules are
typically up to 16 feet (4.8 m) wide, 70 feet (21.3 m)
long and up to 13 feet (3.95 m) high.

The Canadian Standards Association (CSA) A277-2016
Procedure for certification of prefabricated buildings,
modules, and panels [11] is a procedure to certify the
residential building in compliance to the building code it
is required to comply within the jurisdiction where the
building will be sited. The certification label is the
building inspector’s assurance that the factoryconstructed parts of the building meet local
requirements.

Figure 5: shipping (left)) and completed building (right)
(courtesy of Grandeur Housing)

As a result, there are economic limitations on distance
over which these manufactured homes may be shipped,
and locations such as inner city or town. Transportation
of modular volumetric components must be taken into
consideration due to legal restrictions on road width and
height limitations. Special permits may be required for
transportation purposes. As a result, the distance over
which the modular volumetric modules can be shipped is

Figure 8: N-Habit Beltown, Seattle, WA, USA
49 prefabricated wood modular units in seven-story building
(courtesy of http://emmonson3rd.com/ )
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In the U.S., prefabricated homes are regulated under the
U.S. Department Housing and Urban Development
(HUD) Code (U.S. Law/Code of Federal Regulations 24
CFR 3280: standards for the design and construction and
24 CFR 3282: code enforcement). Prefabricated homes
in the U.S. can also be design and constructed to the
provisions of the applicable codes.
According to Modular Building Institute (MBI), the
estimated total 2014 value of new permanent modular
construction in North America was USD$3.8 billion [12]
noting that 55 percent of the total value of the building
project costs consisted of the modular components with
the rest of the building’s value determined by site-related
activities. The 2014 Annual Report of Canadian
Manufactured Housing Institute (CMHI) concluded that
the 2014 value of manufactured building production in
Canada (residential and non-residential combined) was
over CAD$1.7 billion [13] noting factory-built units
accounted for about 15% (some 16,532 factory-built
single-family homes) of all single-family homes started.
3.2 PANELIZED BUILDINGS SYSTEMS
For the developer, builder, designers and contractors, the
crucial questions are always how to build faster,
conforms to the building code in safety and life
protection and yet provides a better return on investment.
Wood is the ideal material to fulfil these requirements. It
is a construction material well suited for prefabrication
in modular volumetric and panelized systems. Compared
to other construction material, it is light weight, easily
transported, good strength and energy efficient, as well
as durable and cost-effective.
After the code change in British Columbia, there is a
new trend and interest in the construction of midrise
wood frame buildings in Canada. There are around 250
buildings completed or being completed in British
Columbia. It takes time for developer to identify the site,
design and develop the building, receive building
approval and erect the building.
The preferred method of construction is to use panelized
wall and floor panels for these buildings. The trend
towards prefabrication using panelized systems is being
felt all across Canada with large builders committed to
major investments in equipment and manufacturing
facilities. New plants are built with automated panelized
machinery with leading computerized technology for
manufacturing.
The degree of customization is a crucial element for
midrise building due to the degree of complexity of
structural requirements for vertical and lateral loads and
design consideration for differential shrinkage between
materials.
Prefabrication with panelized panels fundamentally
changed the process of wood frame construction. All
work done by the design professional, architectural,
heating and ventilation systems, structural detailing have
effectively been computerized and designed with 3-D
modelling. Basically, the entire building design has been
totally digitized with assurance of full conformity to the
design. There is full coordination between all parties in
the pre-design and concept stage. Consultation and

communication in early stages will ensure the success of
the project. This can best be illustrated by Figure 9.

Figure 9: Panelization Vs Conventional construction
(courtesy of Quadrangle Architects & H+ME Technology/
Brockport Home Systems)

As in the modular volumetric systems, construction
material storage and the manufacturing process of
panelized systems in the factory are not affected by the
weather. The economy of scale of material purchases
and a skilled and steady work crew are possible allowing
for a robust quality assurance program. There are fewer
disturbances to the environment with a minimum amount
of waste as well as the benefit of faster construction time
– an important consideration if the midrise building is
located in the inner core of the city with traffic.
The main difference between the two systems will be the
degree of customization, the degree of final finish,
volume of products that can be fabricated and the
transportation options as determined by the site and
location.
In North America, the panelized industry has evolved
toward more automations and system adopted. There are
fully automated plants whereas dimensions are digitized
from architectural drawings as structural design process
will take place to ensure strength adequacy and
connection for the specific panels. Data are fed into the
automated manufacturing operation as automated
pneumatic machine will pick up sheathing and placed on
wall studs or floor joists. The bridge with automatic nail
guns will take over to complete the nailing.
The semi-automatic operations will have similar
digitization. However, the studs/joists will be manually
placed in a mechanical jigging system. Sheathing is then
applied with nail guns – similar to what a framer will do
on site but in a safe indoor environment and not affected
by weather.
Panelized system is more efficient as the truck can be
fully stacked with panels with minimum air space. The
panels are also tagged in the order of loading and
unloading in reverse order that the panels will be hoisted
onto the foundation or installed framing. Panelization
simplifies the construction process and offers the
opportunity for the developers to shorten the timeframe
of construction with minimum disruption to both
environment and society.
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3.2.1 PANELIZED BUILDING ELEMENTS
The building essentially breaks down into wall, floor and
roof elements that are possible to manufacture, ship and
install. Panelization provides a high level of flexibility
with components that are custom manufactured to suit
the project needs, comply with specific structural size
requirements relevant to the specific location of the site
and the layout of the final building. All panelized
assemblies must be installed as designed complying
applicable building codes to ensure that the final
buildings are safe and functional. Depending on the
system, inspections are either on site (for open systems
that expose all framing systems) or done at the factory
through a plant certification and can be supplemented by
inspections by building professionals and/or municipal
officials at various stages.
The panelized assemblies are two-dimensional elements
that can be transported easily because physical sizes do
not exceed transport limitations. Transportation cost is
efficient as loads can be up to maximum weight limit
(Figure 10).
Figure 12: Construction phases of a panelized midrise wood
frame building (courtesy of Walsh Construction)

3.2.2 MANUFACTURING

Figure 10: Transportation of floor and wall panels
(courtesy of ACQBUILT/Landmark Building Solutions)

Once the panelized assemblies reach the job site, they
are lifted off the transportation trucks by cranes, ready
for placement onto the framing, to begin the construction
process. The hoisting and lifting of the wall and floor
panels must be designed and re-enforced if required for
the localized point load so that hoisting will not damage
the panels during erection (Figure 11).

Figure 11: Installation of prefabricated wall, floor, and roof
(courtesy of H+ME Technology/Brockport Home Systems)

The trade-off for panelized buildings is that a substantial
amount of on-site construction work is still required to
complete the building for open panels as additional work
will require installation of insulation and services, such
as electrical wiring, plumbing components and final
finishing. The amount of on-site work will be less for
closed panels and will depend on the degree of services
pre-installed in the factory.
The construction sequence of a midrise 5+1 wood-frame
project (Figure 12) demonstrates the effective erection of
the building with prefabricated panels. The site has
minimal stacks of framing members and waste.

The factory-built wood housing industry in Western
Europe is well advanced, especially in Austria, Finland,
Germany and Sweden. In Europe, advanced factory-built
technology solution providers manufacture automated
machinery for wood building production and are
instrumental in helping to drive the factory-built housing
and building industry in Europe and worldwide.
Besides the benefits described earlier, modern panelized
building systems have the following advantages such as
 Preplanning and optimized engineering and cost
efficiency through use of computerized programs
like AutoCAD and BIM (Building Information
Management) software programs that enhance
factory productivity and reduce on-site labour costs;
 Precision construction of the floor, wall and ceiling
components as they are measured and cut precisely
according to specifications conforming to a specific
range of moisture content to provide a strong and
precisely-fitted structure;
 Weather protected construction as components are
built in the factory without exposure to weather
elements, thereby minimizing dimensional changes
in wood;
 Greater control over the building process, resulting
in predictable delivery schedules;
 Better cost control for builders, due to more stable
pricing and better lumber quality;
 Improved energy efficiency (with closed wall
panels) through increased ability to ensure an airtight, well-insulated envelope.
The modern panelization plant focuses on the design and
manufacturing of the panels. Panelized construction
starts with design. For other forms of factory-built
homes, it might be possible to stick built under the roof.
However, for a panelized system, components are built
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individually and then assembled together on site,
requiring sophisticated computer tools to ensure the wall,
floor and roof components are properly designed and
accurately prefabricated.
Various types of commercial design software are
available to the panelization industry. Manufacturers
must spend significant effort to customization to fit the
requirements of local building codes and specific
construction details. The design team can deconstruct
existing structure and value-engineer for optimum panel
performance and efficiency. All parameters of the
architectural and structural specifications are fed into the
program and can resolve all architectural issues prior to
construction and incorporate all the framing members in
correct and proper location by 3D modelling (Figure 13).
With such software, it is then possible for custom roof,
floor, and walls to be designed and manufactured
accordingly, without commitments to large production
runs anymore.

The steps involved in panelized system design are as
follows:
 Building architectural/structural drawings provided
by builders;
 Structural design by engineering software;
 3D modelling using CAD software;
 Deconstructing the house/building into panels
(panelising the building) using CAD software;
 Configuring panel members, such as studs, joists,
sheathing, nailing and openings/holes;
 Generating panel layout and shop drawings for
manual work and site erection;
 Optimizing the production sequence and generating
the data file for automatic CNC machines;
 Precise placement with projected laser guided grid
lines
BIM and enabled macros/add-on software will identify
issues with upstream and downstream activities and
other trades and enabled automation in production
3.2.3 PREFABRICATION AND BUILDING
INFORMATION MODELING (BIM)

Figure 13: Architectural drawing (top), floor structural
layouts (center) and Archi3D & SEMA (bottom)
(courtesy of ACQBUILT/Landmark Building Solutions)

Today, off-site construction is increasingly adopted
because of its improved productivity and reduced
environmental impact. Panelized construction has
emerged as the most suitable as different components of
the building are delivered to the site for on-site assembly
after being have prefabricated in the factory [14].
However, in panelized construction, due to the
uniqueness in product design features, such as variations
in length and height, number of studs, windows or doors,
various connections, panel type, and due the
involvement of a large number of components (panels),
the construction practitioner is faced with several
challenges in terms of project planning and management.
This variety in design parameters and panel sequencing
affects the processing time at each station and the wait
time between stations, respectively [15]. Delays in panel
delivery can result in project delays, and overproduction
in the factory can result in increased inventory costs.
Therefore, the success of such projects is contingent
upon accurate and efficient schedules for panel
production, shipping, and on-site assembly [14].
Many methods have already been adopted for project
scheduling in construction [16, 17]. However, due to the
dynamic nature of panelized construction, these methods
cannot be adopted as an appropriate approach for
scheduling of panelized construction projects. It remains
a challenge to automatically generate optimal panel
sequencing [18]. Building information modelling (BIM)
is a visualization-based information modelling method
that cans digitally represent (both the physical and
functional) characteristics of a facility [19]. With
detailed product information and enriched capabilities,
BIM can be considered a potential solution to challenges
within the Architecture, Engineering, and Construction
(AEC) industry [20]. For instance, BIM can be used to
support automated design and drafting for panelized
construction [21], cost estimation [22], quantity take off,
automated generation of construction plan, and
communication among project stakeholders. In addition,
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under resource constraints, BIM can support an
integrated approach for detailed construction scheduling
[23]. BIM functions as a database of building
components (3D) but still faces challenges. BIM can be
improved to generate the construction sequence for
panelized construction more efficiently and practically
under resource constraints.
3.2.4 WALL & FLOOR PANELS
Wall panels are assembled through either a manual,
semi-automated or fully automated process in a factory
environment. Detailed information on plates, studs,
windows/doors, backing, structural sheathing, drywall,
nails and openings can be built into the design of the
wall system. Typical size for wall panels 10 feet (3.0 m)
high wide and 24 feet (7.3 m) wide. There are usually 2
hoisting holes for the lifting straps for site installation.
There are two basic forms of prefabricated wall panels
these are: open and closed wall panels. Open wall panels
typically include lumber studs and sheathing panels
while some panelized system manufacturers produce
panels with more value-added contents such as
insulation, windows and doors, and even siding. Closed
wall panels include elements found in open wall panels,
both the exterior sheathing (OSB) and interior sheathing
(gypsum board), and all elements inside the wall cavity,
such as insulation, vapour and air barrier(s), electrical
wiring or conduits and plumbing pipes.
In a semi-automated plant, the lumber studs are placed in
the jigging systems with the sheathing placed over the
studs. The bridge with nail guns will roll over the
studs/sheathing and insert the nails at the precise and
pre-set locations. In the fully-automated plant, placement
of lumber and sheathing is usually handled and placed
by machinery into laser-guided layout tables. The
computer-controlled jigs will ensure walls are square,
plumb and level, and that studs are precisely spaced. The
wall sheathing is then applied and fastened using
automated computer-controlled machinery. Window and
door openings are framed and installed, and exterior
finish, such as siding, is added to the wall panels.
Similarly, floor panels are assembled through either a
semi-automated or fully automated process in a factory
environment. Detailed information on beams, rim
boards, joists, lateral bracings, blockings, adhesive,
sheathing, and nailing is considered in the design of the
floor system. Floor panels are much larger and heavier
than wall panels with typical dimensions of 12 feet (3.6
m) wide by 48 feet (14.6 m) long. Due to the size and
mass, a certified crane for up to 5,000 lbs (2,267 kg)
with a certified crane operator is required with 4 lifting
straps used in the lifting of the floor panel.
The building code will specify minimum subfloor
sheathing thickness for wood-frame construction such as
5/8” (15.5 mm) for joist spacing from 16” (400 mm) to
19.2” (500 mm) and ¾” (18.5 mm) for floor joist spacing
of 24” (600 mm). Some manufacturers use thicker floor
sheathing panels for better vibration performance. The
floor joists are either solid sawn lumber or engineered
wood products, such as wood I-joists and wood floor
trusses. Panelized manufacturers have the flexibility to
optimize the joist spans and joist spacing to trade-off

between the height of the floor systems against the
desired span and/or spacing of the structural component.
3.2.5 BUILDING AIRTIGHTNESS
Unwanted air leakage through gaps in a building’s
envelope significantly increases the space heating and
cooling demands of a building, as well as causing longterm problems in the building envelop where the
transmittance of water vapour may result in interstitial
condensation. In areas affected by atmospheric pollution,
air leakage can also lead to reduced levels of Indoor Air
Quality (IAQ).
A scientific way to measure the airtightness of a building
is to measure the building’s air change rate with blower
door testing. The results of blower door tests are reported
in air changes per hour at a pressure difference of 50
Pascals (ACH50). Here are some comparison points to
help understand ACH50 readings:
 A 2002 study of new homes built in the U.S.
showed a median air leakage of 3.9 ACH50;
 The Canadian HOT 2000 Energy Performance
Simulation tool use 3.5 ACH50 as default value for
new homes;
 The Canadian R-2000 energy efficiency program
has an airtightness standard of 1.5 ACH50; and
 The Passivhaus air-tightness standard — a tough
standard to achieve — is 0.6 ACH50.
Figure 14 shows the equivalent leakage area (ELA),
which is defined as the area of a calibrated orifice, which
would have the same air flow rate the house does at a
pressure of 10 Pa. Therefore, it is an estimate of the
aggregate size of all the leaks in the building. For a
typical 2,000 ft2 (186 sq meters) 2-storey single family
home, the equivalent leakage area is over 9.7 ft2 (0.9
square meter), almost 6 times larger than the leakage
area of a same house built to Passivehuse standard.

Figure 14: Equivalent Leakage Area @ 10 Pa

The key for achieving airtightness is to create a single,
continuous and robust airtight layer (or air barrier) to
form a thermal boundary that completely surrounds the
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conditioned space. Today, the building design and
construction community has not yet to fully realize the
benefits of a continuous air barrier. Most builders and
subcontractors still cannot achieve airtight building
shells. Prefabrication and innovative wall assemblies
with spray foam or exterior rigid insulation have the
potential to improve the building airtightness through the
following:
1. Building components manufactured in a controlled
environment with computer controlled machines
turn construction into a precision process. The
tolerance of wall, floor and roof sections can be less
than 0.04 in (1 mm) precision, which significantly
reduces the gap in the structure of building
envelopes (Figure 15).

4.

An exterior rigid insulation layer can provide a
continuous, airtight, blanket of insulation and air
barrier system around the house. It also reduces the
risk of condensation within the stud space by
keeping the temperature of the back of sheathing
higher than the dew point temperature of the interior
air (Figure 17).

Figure 17: Innovative Wall Assembly with Exterior Rigid
Insulation (courtesy of BASF Neopor GPS)
Figure 15: Floor Panels Made by CNC Machinery

2.

A manufacturing process and permanent workforce
facilitates the adoption of higher construction
standards and ensure the implementation of air
sealing details, particularly the seal around
penetrations such windows, doors, electrical cables,
pipes and ventilation ducts (Figure 16).

Figure 16: Window and Siding Installation

3.

Spray foam insulation combats air and moisture
infiltration better than other conventional insulation
system. It is sprayed in place, sealing all the gaps
and penetrations continuously, especially in the
floor parameters where joists make the installation
of vapour/air difficult.

3.2.6 QUALITY ASSURANCE / CERTIFICATION
In the United States, HUD-Code (manufactured) homes
are conforming standards published in the Code of
Federal Regulations under 24 CFR Part 3280
http://portal.hud.gov/hudportal/HUD?src=/program_offi
ces/housing/rmra/mhs/factsheet. The HUD program also
oversees the enforcement of the construction standards
working through private inspection agencies and State
governments. Other than HUD-Code homes, all other
prefabricated components/assemblies/modules must be
design to the requirements of the applicable codes such
as the International Building Codes (IBC). IBC requires
all construction work be subjected to inspection by a
building official. For open components and assemblies,
no inspection by the building department at the factory is
needed as it can be done on the job site during normal
field inspections like stick framing on site construction.
For closed components/assemblies/modules, the building
official requests the “quality control/quality assurance”
programs be submitted with the building permit
application. If the manufacturer has a third-party onpremise to conduct periodic inspections the Building
Official deems acceptable, the manufacturer is consider
“approved”. Otherwise, the Building Official would
require the inspection agency to send a resident special
inspector to the manufacturer to inspect the products
when they are manufactured.
The International
Accreditation Service (IAS), a subsidiary company of
the International Codes Council (ICC), provides
accreditations to inspection bodies according to ISO
Standard 17020 for a wide range of products and
systems
including
prefabricated
wood
frame
components/assemblies/modules.
In Canada, all construction must conform to
requirements of the relevant national or provincial
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building codes. The prefabricated or modular buildings
are no exception and must comply with relevant code
requirements.
The newly published CAN/CSA A277-016 Procedure
for Certification of Prefabricated Buildings, Modules
and Panels has been developed with active participation
from the panelized and modular industry. It provides the
standard for prefabricated systems and focuses on
compliance in accordance with the quality assurance
program.
All factory-built systems and components should have a
quality assurance label before they leave the factory. The
label identifies to the building officials that the built
systems or components are manufactured to the
approved design complying the applicable codes and
standards and conforms to the plant quality assurance
program under third party certified supervision. There is
a specification sheet to identify factory-produced
products and identify the design information such as
structural, wind and seismic loads and specifications.
Other than the prefabricated items, all other construction
items in a project are to be designed/constructed/
inspected according to the applicable codes.

4 CONCLUSIONS
The panelization construction sector has excellent
growth potential through the adoption and incorporation
of advanced software as well as an investment in
automated machinery for the manufacturing process.
With the popularity of midrise wood-frame construction,
the need for higher quality requirements, the
prefabricated/panelized building system approach can
best meet the challenge with the availability of
computerized design, precision machining tools and
automated fabrication, coupled with certification and inplant quality control.
It is now an accepted fact in Europe that high-quality,
energy-efficiency wood buildings can be consistently
achieved through factory-built construction, especially
with sophisticated automation technologies in
manufacturing.
With continued research and development, panelized
construction can be further improved by better BIM
integration with production, integrating exterior finishes
with building envelopes and more efficient mechanical
field/site connection between panels for wall and floors
as well as adoption of new building products coming to
the market.
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SIM[PLY]: INNOVATIVE PLATFORM FRAMING WITH CNCFABRICATED PLYWOOD COMPONENTRY
Dustin Albright1, Michael Stoner2, Dan Harding3, Dave Pastre4, Vincent Blouin5,
Ulrike Heine6
ABSTRACT: The Sim[PLY] framing system developed at Clemson University utilizes CNC-routed plywood
components in lieu of traditional dimension lumber. The prefabricated nature of this system maximizes quality control,
while minimizing on-site construction time by relegating all measuring and cutting to the factory. The use of CNC
processing also allows for various forms of customization including MEP integration, and component labeling, among
others. The framing components of the Sim[PLY] system are cut from standard 4ft x 8ft (1.22m x 2.44m) sheets of
3/4”-thick (1.91cm) plywood sheathing. Mortise and tenon-type joints are used in combination with steel cable ties
throughout for connections that are equally easy to disassemble as they are to assemble.
This paper details the development and preliminary testing of the Sim[PLY] system and offers a case study from initial
applications, namely Clemson’s entry in the 2015 Solar Decathlon Competition, sponsored by the U.S. Department of
Energy.
KEYWORDS: Sim[PLY], Light frame, Prefabrication, Clemson, Plywood, CNC

1 INTRODUCTION 123
The Sim[PLY] structural framing system represents an
evolution for light-frame construction by providing
lightweight, prefabricated components which are easy
and safe to assemble by average persons. The Sim[PLY]
system utilizes intelligent CNC-cut plywood components
in lieu of traditional dimension lumber. The
prefabricated nature of this system maximizes quality
control, while minimizing on-site construction time and
waste by relegating all measuring and cutting to the
factory. The use of CNC processing also allows for
various forms of customization including MEP
integration and component labelling, among others. Each
component of the system is individually numbered,
packed, and shipped directly to the building site for final
assembly.
The framing components of the Sim[PLY] system are
cut from standard 4ft x 8ft (1.22m x 2.44m) sheets of
3/4”-thick (1.91cm) plywood sheathing, an industrial
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product that is highly standardized. The regularity of
structural plywood stems from its engineered physical
properties and the quality-control standards governing its
manufacture. With respect to traditional graded lumber,
plywood offers enhanced dimensional stability because
of the alternating grain direction of its layers.

2 BACKGROUND
The Sim[PLY] system was developed in conjunction
with Clemson University’s participation in the 2015
Solar Decathlon Competition, sponsored by the U.S.
Department of Energy and held in Irvine, California [1].
The Solar Decathlon has been held biannually since
2002, and is aimed at advancing accessible innovation in
energy-efficient housing. The competition requires
university teams to design, assemble, and operate solar
powered houses, which are then scored in ten categories,
ranging from energy efficiency to affordability to
marketability.
Drawing on much previous research and experience,
Team Clemson was committed to thinking beyond enduse energy consumption, and aimed to think critically
about the energy embodied in our building materials and
construction activities. This led us to lightweight wood
products, which are renewable and have a small carbon
footprint. This also led us away from offsite modular
construction, which generally requires inefficient
transportation procedures and intensive on-site
construction activities. The resulting Sim[PLY] framing
system offers the benefits of prefab without the
constraints of a top-down final assembly process with
heavy machinery. To date, the system has been utilized
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in four completed structures: the Solar Decathlon
competition house (titled Indigo Pine), a prototype house
of similar design, and two separate “Crop Stop”
kitchens, serving community gardeners in nearby
Charleston and Greenville, South Carolina. The
remainder of this paper will focus on the Indigo Pine
application of the Sim[PLY] system.
2.1 THE INDIGO PINE HOUSE
Designed with a family of four in mind, the Indigo Pine
House is 972 sf (90.3m2) in size and features three
bedrooms and1.25 bathrooms. 34 photovoltaic panels
provide power for net-zero operation while a
combination of passive design strategies serve to
minimize energy demands. These passive strategies
include large and shaded south-facing windows; a westfacing porch for shade and precooling of outside air; and
an airtight envelope with high insulating values and
minimal thermal bridging.

2.2 SIM[PLY] SYSTEM COMPONENTS
The Sim[PLY] system, pictured in Figures 1 and 2, is
designed to mimic a 24” (0.61m) on-center, double-stud,
“advanced” platform framing scenario. The principle
framing components feature distinct webs and flanges. In
working with plywood it is necessary that any
mechanical fasteners pass through the face of the
material rather than the edge so as to avoid splitting and
tear-out. Thus, the Sim[PLY] system employs plywood
flanges on all studs, joists, and rafters. These flanges are
oriented perpendicularly to the webs and provide a
surface for the fastening of exterior sheathing and
interior finish materials. Thus, all structural sheathing is
fastened through the face of the plywood flanges rather
than through the edge of plywood webs.

In addition to its ten competition categories, the Solar
Decathlon also presents tight and demanding schedules
for on-site assembly (9 days maximum) and disassembly
(5 days maximum). In response, teams traditionally turn
to off-site modular construction. This results in energyintensive transport with flatbed trucks and a heavyhanded final assembly sequence with cranes and trained
operators. By contrast, Team Clemson prioritized lowimpact transportation and site-sensitive construction
performed by students and faculty only.
These various challenges combined to present an ideal
application of the Sim[PLY] framing system, which can
be efficiently flat-packed and shipped directly to site.
There, the pre-cut and pre-labelled components are
quickly, accurately and safely assembled by unskilled
persons, rather than relying on modular construction and
heavy machinery. Cut from common plywood sheets,
none of the individual components is longer than 8ft
(2.44m), ensuring that each piece is lightweight and easy
to manoeuvre by a single person. The system is selfaligning and requires only mallets, cable-tie guns, and a
few screws for assembly. Being without nails, the system
is equally easy to disassemble and repackage.

Figure 1: Sim[PLY] Structural Frame – Indigo Pine House

Figure 2: Sim[PLY] Wall Framing

Sim[PLY] flanges are pre-routed with mortises to accept
the pre-routed tenons of the Sim[PLY] webs. Shear
forces are transferred from the sheathing to the flanges
via traditional fasteners and from the flanges to the webs
via the mortise and tenon connections. The flanges are
prevented from withdrawing from the webs by steel
cable ties that bind these elements together. The tensile
capacity of these ties was studied directly, as was the
shear capacity of the flange-to-web connection.
For the Indigo Pine application of the Sim[PLY] system,
wall studs were 12” (30.48cm) deep, providing ample
cavity space for insulation. Team Clemson opted for two
layers of a cellulose batt insulation, totaling 9”
(22.86cm) and R-33. Where possible, excess material
from all web members was removed during the CNCmilling process in order to minimize thermal bridging
and allow for the passage of mechanical, electrical, and
plumbing systems. Many of the leftover portions were
then allocated to other, smaller components of the
system. All of this is easily accomplished with good
design, smart cut-files, and available nesting softwares.
A combination of intelligent connection details enables
Sim[PLY] walls to be erected quickly and securely.
After being assembled on the deck, the walls are tilted
up and into place in a manner that recalls conventional
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platform framing. A curve at the web’s base allows each
stud to seamlessly find its place, while a lip in the same
connection locks the stud in place beneath the subfloor,
preventing over-tilting in the outward direction. In
conjunction, the ‘ball joint’ at the exterior flange base is
designed to lock into the face of the rim joist below.
Together, these joints, which are illustrated in Figure 3,
help resist uplift while also eliminating the need for
temporary bracing. This saves time and removes
obstructions and tripping hazards.

Glenn Department of Civil Engineering. Notably, these
physical tests were selected and performed in reference
to the Indigo Pine house and its application of the
system. Prior to testing, a detailed protocol was proposed
to Solar Decathlon officials and was reviewed and
approved by the competition’s chief building inspector.
The protocol and all relevant construction drawings were
also reviewed and approved by an independent engineerof-record. In addition to the test procedures, the
approved protocol also included the design loads, with
which the test results were compared. Detailed outlines
of both the design loads and the test procedures are
provided below.
3.1 DESIGN LOADS

Figure 3: Sim[PLY] Wall Details

Sim[PLY] rafters are similar in concept to the studs,
except that rafters with spans longer than 8ft (2.44m)
require a splice joint. For this reason, Sim[PLY] rafters
consist of a double-layer web with offsetting ‘S-joints’
comprising the splice (see Figure 5). For the Indigo Pine
application, interior bearing walls were eliminated in
favor of a single long-span box girder. This plywood
girder, seen in Figure 1, spanned 36ft (10.97m) and
featured parallel Pratt trusses of two layers each. The top
cords of these trusses were designed to receive the
rafters from each side. The pre-assembled box girder
was easily lifted into place using three manual genie
lifts.
A 5/8” (1.59cm) structural wood sheathing was used for
the exterior. The selected sheathing product featured an
integrated moisture barrier and taped seams for moisture
control. The outside tenons of all studs and rafters were
designed to extend beyond their corresponding flanges
and engage with the sheathing, which was pre-routed to
accept the tenons. Moreover, the pilot holes for the
desired screw pattern were pre-drilled into each of the
sheathing panels. These features were easily
incorporated into the CNC processing and, once again,
provided for rapid, easy, and self-aligning assembly
without on-site measurements or guesswork. Proprietary
sheathing tape covered all such penetrations to ensure a
continuous moisture-proof barrier.

3 TESTING PROCEDURES
Preliminary structural testing targeted key elements of
the Sim[PLY] framing system and was conducted at
Clemson University under the guidance of its
interdisciplinary Wood Utilization + Design Institute
(WU+D). All testing was performed at the Wind and
Structural Engineering Research facility, operated by the

Design loads were calculated in accordance with the
procedures and practices of ASCE 7-10 [2]. The
application of these standard practices to this unique
plywood system required certain judgments and
assumptions. First, the general occupancy of the Indigo
Pine house was designated as category II (ASCE Table
1-1). Other assumptions and specific procedures used for
determining design loads are described below.
3.1.1 VERTICAL LOADS
The calculations and estimations of vertical loads
followed the procedures of typical structural design.
Floor dead loads and roof dead loads were calculated to
be 10 psf (0.479 kN/m2) and 14 psf (0.670 kN/m2)
respectively, based on the selected building materials.
The floor live load of 50 psf (2.394 kN/m2) was provided
by the Solar Decathlon organizers and was based on the
expected occupancy during the competition. The roof
live load was given as 20 psf (0.958 kN/m2).
Given these loading conditions, the required moment
capacity was calculated for the critical south rafters,
which spanned 13ft (3.96m) and were spaced at 2ft
(0.610m) on center. The calculated moment capacity was
2,062 lb-ft (2.796 kN*m) with a maximum shear demand
of 635 lbs (2.825 kN). It should be noted that the floor
joists were nearly continuously supported along their
length and never span more than 2 feet (0.610m) due to a
mat foundation of concrete masonry. For this reason, the
Sim[PLY] joists were of minor concern and were not
tested at this time.
3.1.2 LATERAL LOADS
The wind and seismic loads were provided in the
competition guidelines and reflect the wind and seismic
design loads associated with Irvine, California, the 2015
competition site. The values for these loads were
calculated using ASCE 7-10. Lateral seismic forces were
calculated using the Equivalent Lateral Force (ELF)
procedure (ASCE 12.8). The total weight of the Indigo
Pine house was calculated to be approximately 19.4 kips
(86.3 kN). The first necessary assumption came in the
selection of the response modification factor (R). The
Sim[PLY] system was categorized as light-frame walls
sheathed with wood structural panels rated for shear
resistance (ASCE Table 12.2-1). Based on this
classification, it was assigned an R-factor of 6.5.
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Because the Sim[PLY] system is expected to be equally,
if not more ductile than a standard light-wood frame, this
is a valid and conservative assumption. Similarly, an
over strength factor, Ω, of 3 was used in accordance with
over strength factors applied to wood bearing wall
systems. After the building weight, approximate period,
and lateral forces were calculated, the minimum required
lateral stiffness of the wall assembly equaled 307 plf
(4.48 kN/m).
Wind loads were calculated in accordance with ASCE 710 Chapter 27, and were found to control only in the
cases where the walls were required to resist negative
pressures. These negative pressure loads were used to
determine the minimum number of negative pressure
resisting components for an entire wall assembly. The
maximum negative pressure expected was 37.7 psf (1.81
kN/ m2).
3.2 TESTS AND PROTOCOLS
The preliminary testing of the Sim[PLY] system was
divided into two categories. The first series of tests
served to determine the capacity of discreet elements in
the connections of the Sim[PLY] system. The second
group of tests determined the capacities of full-scale wall
and rafter assemblies. All tests were performed using
3/4" (1.91cm) 7-ply Douglas Fir-Larch plywood, the
product that had been selected for the Indigo Pine House
application. Conservative adjustment factors, consistent
with those found in the National Design Specification for
Wood Construction (NDS), were applied throughout the
analysis of results [3].
Four single-fastener component tests were employed to
evaluate the strength of the Sim[PLY] system’s
connections. These tests included a shear test of the
mortise and tenon connection, a shear test of a screw
connection in the plywood, a withdrawal test of a screw
connecting sheathing to plywood, and a tensile test of the
steel cable tie. These component tests followed ASTM
D1761-12 Standard Test Methods for Mechanical
Fasteners in Wood. The tests were performed on a 50
kN (11.24 kips) universal testing machine following all
procedures outlined in the standard.
Wall assembly racking tests were performed using the
shear wall test apparatus shown in Figure 4. The frame
utilized a steel wide-flange as the fixed base with a HSS
6”x6”x1/4” spreader bar above, powered by a hydraulic
actuator. These wall tests were performed according to
ASTM E564-06 Standard Practice for Static Load Test
for Shear Resistance of Framed Walls for Buildings. For
the purpose of anchorage, (3) L4”x4”x3/8” were used to
fasten the wall assembly to the base for the duration of
the tests. Preliminary testing revealed a need for
increased early stiffness, and additional anchorage was
subsequently provided in the form of angle hold-downs,
which are typical in light-frame construction.

Figure 4: Shear Wall Test Frame

The rafter assembly tests were performed using a
reaction frame. A hydraulic jack and spreader bar were
used to apply the load to the rafter assembly as shown in
Figure 5. These tests followed ASTM D4761-13
Standard Test Methods for Mechanical Properties of
Lumber and Wood-Base Structural Material. In addition
to applying load at the third-span points per the standard,
1/2" (1.27cm) sheathing was used to brace the truss
against buckling, mimicking the sheathing condition of
the intended application. It was assumed that the out-ofplane bending capacity provided by such bracing would
be negligible.
The primary task of the rafter assembly tests was to
validate the lapping ‘S-joint’ used to splice the two ends
of each rafter together. Adjustment factors, consistent
with those found in the NDS were applied throughout
the analysis of the rafter test results.

Figure 5: S-Joint and Rafter Assembly Test Set-up

4 TEST RESULTS
4.1 TENON SHEAR TEST
The mortise and tenon joint was tested in shear as
illustrated below in Figure 6. Five total specimens were
tested. The average ultimate force resisted by the
connection was 1,021 lbs (4.54 kN). This occurred at an
average displacement of 0.4 inches (10.2mm). The
factored shear capacity of the individual shear tenon was
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613 pounds (2.73 kN). Using this capacity and the
expected lateral loads, it was determined that the
Sim[PLY] stud walls of the Indigo Pine house would
require on average 0.0425 shear tenons per square foot
(0.4575 per m2) at the east and west walls and less than
that for the north and south walls. This was easily
exceeded by the actual frequency of these connections,
which occur, for example, four times in each 8ft (2.44
m) Sim[PLY] stud.

4.3 CABLE TIE TENSION TEST
The next test aimed to establish the tensile capacity of
the steel cable ties used in the Sim[PLY] system. Five
tests were conducted on a typical web-to-flange
connection secured by a single cable tie, as illustrated in
Figure 8.

Figure 6: Tenon Shear Test

In addition to these findings, the shear tenon test served
to verify out-of-plane continuity. This was important
given the fact that each Sim[PLY] stud consists of three
separate pieces (two flanges, one web).
4.2 SCREW SHEAR TEST
The next test, which is illustrated below in Figure 7,
served to examine the shear capacity of a screw
connecting two pieces of plywood. The tested screws
were #8 gauge 1-5/8” (41.3mm) exterior wood screws,
selected to match the products to be used in the
construction of the Indigo Pine House. The average
shear force resisted by the screw connection was 332 lbs
(1.48 kN) at a displacement of 0.50 inches (12.7 mm).
These results were used to determine the capabilities of
such screws in shear when connecting Sim[PLY] flanges
to other panel elements, such as sheathing. NDS
procedures were then applied to calculate the capacity of
a single screw. This resulted in a nominal shear capacity
of 266 lbs (1.18 kN).

Figure 8: Cable Tie Tension Test

The results of these tests showed an ultimate tensile
capacity of 268 lbs (1.19 kN) at a deflection of 0.35
inches (8.89mm). The factored ultimate withdrawal
value was used to determine the number of cable ties
required to resist the calculated negative wind pressures
and engage the Sim[PLY] studs in out-of-plane bending.
In the Indigo Pine application, the cable ties were used at
an average spacing of 2ft (0.610m) per stud. With the
studs spaced at 2ft (0.610m) on center, each cable tie
therefore covered approximately 4 square feet (1.22 m2).
4.4 SCREW WITHDRAWAL TEST
The final component test, illustrated in Figure 9,
determined the withdrawal capacity of the screw
connection between the 5/8” (1.59cm) OSB sheathing
and the 3/4” (1.91cm) 7-ply Sim[PLY] stud flanges.

Figure 9: Screw Shear Test

Figure 7: Screw Shear Test

The average ultimate load was 397 lbs (1.77 kN) at a
displacement of 0.09 inches (2.3mm). The factored
capacity of this connection was then used to determine
the number of screws needed to transfer negative wind
pressures to the Sim[PLY] studs. The NDS reports a
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tabulated value of 242 lbs (1.08 kN) for withdrawal of
#8 screws. By comparison, the tested Sim[PLY] screw
connections were sufficient in carrying the design
pressures, serving to validate the Sim[PLY] sheathingto-flange connection.
4.5 SHEAR WALL ASSEMBLY TEST
Two typical Sim[PLY] wall assemblies were tested in
order to determine the maximum shear capacity of the
entire assembly. Each wall was 8ft x 8ft (2.44m x
2.44m) in area and was loaded using the apparatus
pictured in Figure 4. Deflections were measured at each
of the four locations indicated in Figure 10.
Figure 11: USP HD5A Hold-Down Solution

The response of the second wall test is shown in Figure
12. Both the actuator displacement and the adjusted
LVDT displacements are shown.

12000
Force (lbs)

10000

Figure 10: Shear Wall Test Set-up and Sensor Locations

The wall assembly was attached to the frame in three
ways. The base of the wall was attached to the base of
the frame using (3) L4x4x3/8 steel angles, each with two
5/8” (1.59cm) diameter bolts. The top of the wall
assembly was attached to the spreader bar with three
3/8” (0.95cm) diameter threaded rods. The final method
of attaching the wall to the test frame involved
anchorage of the outermost stud to resist uplift.
Preliminary testing had revealed that the integral upliftresisting mechanisms of the Sim[PLY] studs were quite
strong, but did not provide the early stiffness demanded
by the test standards. Thus, external hold-down
connectors were employed in the later tests to enhance
stiffness. Test 1 utilized a single 3/4” (1.91cm) diameter
threaded rod through the plywood base-plate of the wall.
Test 2 utilized a steel USP HD5A hold-down connector
(Figure 11). This second scenario proved to be more
effective because it engaged the stud directly and did not
overstress the base-plate in bending.
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Figure 12: Load-Displacement Curves for Shear Wall 2

Ultimately, the wall assemblies resisted an average
ultimate force of 1,230 plf (17.95 kN/m). At a
displacement of 0.2 inches (5.1mm) the average load
was 188 plf (2.74 kN/m). The failure mechanism of the
wall assembly in shear followed a sequence of failure
steps, as illustrated in Figure 13:
(1) Compression failure in the stud situated furthest
from the load application (a)
(2) Tension failure at the top of the nearest stud (b)
(3) Tension failure of the nearest stud at connection to
rim joist (c)

The exterior sheathing was attached to the Sim[PLY]
studs in a vertical orientation with a conservative 3-inch
(7.62cm) screw spacing around the edge of the panels
and 6-inch (15.24cm) screw spacing on the interior of
the panels.

Figure 13: Wall Assembly Failure Mechanisms
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4.6 RAFTER ASSEMBLY TEST
A total of three rafter assembly tests were performed on
a self-reacting frame. The rafter specimen was loaded at
the third points along its span and also braced against
out-of-plane buckling at these locations. The loaddisplacement curves for each of the three tests are shown
in Figure 14. The average ultimate moment capacity of
the rafters was 6,431 lb-ft (8.72 kN-m), which far
surpassed the required factored moment capacity.
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2000
(lbs)
1000

Test 1
Test 2

0
0.000 1.000 2.000

Test 3
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Figure 14: Load-Displacement Curves for Rafters

The primary failure mechanism for the rafter elements
was in the ‘S-joint’. As one might expect, the joint
widened at the bottom, as shown in Figure 15. However,
this movement was limited by attachment to the second
web layer and by the tensile strength of the continuous
flange spanning over the joint.

Initial test results were positive, affirming the viability of
the primary components and their unique means of
connection. That being said, wall-racking tests did
expose the need for additional, external anchors to resist
the most intensive lateral and uplift forces, and to
channel these forces through periodic stud webs, rather
than relying merely on the ‘ball joints’ at the exterior
flanges. Additionally, the shear wall tests indicate that
window and door header components should be
continuous with as few spliced joints as possible. This is
to maximize stiffness and provide a direct path for shear
transfer to the studs below.
The 2015 Solar Decathlon competition proved to be an
ideal test application for the Sim[PLY] system. Working
in two 10-hr shifts, with twelve students and two faculty
per shift, Team Clemson successfully assembled the
frame of its Indigo Pine house in approximately 24
hours. Figure 16 shows the house at the beginning of the
third shift. The same framing was later disassembled
non-destructively in approximately 15 hours. It should
be noted that some preassembly of individual studs and
rafters, as well as the box girder was performed in
advance at a nearby facility. That being said, on-site
construction was undeniably fast and intuitive.
Moreover, without the air compressors, nail guns, and
skill saws that are common to most light-frame
construction, the Indigo Pine jobsite was also remarkably
quiet, safe and energy-efficient.

Figure 16: Indigo Pine House Prior to Third Assembly Shift

Figure 15: ‘S-Joint’ Failure in Rafters

5 CONCLUSIONS AND OUTLOOK
The Sim[PLY] framing system leverages front-end
CNC-fabrication technologies to maximize quality
control, as well as ease, speed, and flexibility of final
assembly. It is a highly innovative system that has been
utilized in four prototype structures, but is still in the
early stages of laboratory testing and analysis.

Sim[PLY] is an ongoing and ever-evolving project. In
addition to further structural testing and analysis, there is
much room for development in the areas of component
efficiency, material optimization, and tool path
optimization, among others. Further and wide-ranging
applications are being explored, including efficient
micro housing modules for students and other
transitional populations. A model of one such unit is
shown in Figure 17. Whatever the application, the
Sim[PLY] system represents a compelling advancement
in the area of lightwood framing.
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Figure 17: Sim[PLY] Micro House Model
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Ecological thermal refurbishment with prefabricated timber framed façade
elements for mid-rise buildings
Clemens Le Levé1, Thomas Badergruber1, Wilfried Beikircher1, Anton Kraler1, Michael Flach1
ABSTRACT: The thermal refurbishment of the building stock is one of the most fundamental challenges of sustainable
urban development. Particularly the use of natural and local materials gets an increasing relevance, regarding the
embodied energy. The focus of this work is the development of systematised solutions for thermal refurbishment with
prefabricated and integrated façade elements. A façade-system-connector is evolved, which is applicable to variable
building types and geometries, to mount prefabricated timber framed façade elements. Another ongoing systematisation
process is the classification of the fire behaviour of a holistically prefabricated façade system, which allows its
application on buildings of class 4 and 5 with more than 6 storeys as a standardised system. The low-cost prefab façade
can be entirely prefabricated, including the external render system and allows a fast assembling on-site without
additional work. These developments will contribute to raise the use of natural insulation materials and prefabricated
timber framed façade elements for thermal renovation.
KEYWORDS: prefabricated timber framed façade element, refurbishment, renovation, low-cost prefab façade, fire
behaviour tests, external render system. E.T.-Façade-System-Connector

1 INTRODUCTION 123
European demonstration projects such as Smart City Sinfonia, where Innsbruck and Bolzano become model
regions, show the increasing importance of sustainable
urban development by thermal refurbishment of the
building stock [1]. The renovation by using prefabricated
and integrated façade systems represents an interesting
alternative to ETICS (external thermal insulation
composite systems) and contains of several advantages,
as the high precision in prefabrication and assembly offsite or the short construction time on-site. Also the
possibility to integrate windows, insulation, ventilation
and solar modules into the façade elements and the fact
that no scaffolding is needed illustrate further benefits of
this renovation method. The main fields of application
are especially schools and multi-storey residential
buildings, where large scaled and repetitive elements are
used. The concept of this renovation method is well
described in TES and smartTES and several objects in
Germany, Austria and Switzerland were already
refurbished using this method [2-7].
The importance of natural insulation materials increases,
regarding the embodied energy and the use of local
resources. Their use can only be economically
competitive, if short assembly time and a maximum in
precision through integrated prefabrication are ensured.
Therefore the logistics have to be coordinated in regard
to working steps as digital building survey, planning of
the façade elements with integrated HVACR, computer
1
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controlled joinery, prefabrication and mounting of the
façade elements on the existing building. The key points
of this façade system are the development of
systematised high-precision precast elements and how to
attach them on existing buildings. Therefore a façadesystem-connector is developed, which can be adapted to
variable building types and geometries.
Experiences made in projects like Sinfonia and Expert
Workshops show that there are still facts which lead to
decisions of building promoters to use ETICS instead.
The main reasons are costs and business as usual on one
side, but also the lack of systematised solutions for
different applications on the other side. Consequently the
aim of this work is to present newest developments done
at the University of Innsbruck to contribute systematised
solutions for refurbishments with prefabricated timber
framed façade elements.

2 STATE OF THE ART
In the past years several research and pilot projects are
realised concerning thermal refurbishment with
prefabricated façade elements [2-7]. Interesting
investigations have already been carried out in a research
program, called TES EngeryFaçade (Timber-based
Element System for improving the energy efficiency of
building envelope). In this project the whole
refurbishment process is well described with
explanations about the building stock, survey and digital
workflow, the TES System, quality assurance and pilote
projects in Europe. Also solutions for mounting and
fixations and the fire safety of façades are presented.
Figure 1 shows exemplary the mounting process of two
renovation projects in Schwanenstadt (A) and
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Hannover (D), where a school building and a residential
building is renovated by using prefabricated timber
framed façade elements with integrated devices. In the
meanwhile several pilot projects have shown the
feasibility and the advantages of this method.
However, it is noticeable that in already implemented
projects often special connection details had to be planed
or adopted. Also the fixation detail of the TES-façade is
not always practicable and quite work intensive on-site.

requirements [5]. Based on these results further
developments are done to classify the low-cost prefab
façade according to ÖNORM EN 13501-1 [8] and the
large scale test according to ÖNORM B 3800-5 [9] as
explained in chapter 4.

a.)

b.)

c.)

d.)

Figure 2: State of the art of fixation details and element joints
[2, 6, 7]

Figure 1: Mounting process of prefabricated façade elements.
Renovation of a school building in Schwanenstadt [7] and a
residential building in Hannover [Source: www.lattkearchitekten.de]

Figure 2 demonstrates different mounting and fixation
details of the TES EnergyFaçade and different pilot
projects. A typical element joint and its fixation with a
pre-mounted horizontal sill beam on the floor slab is
demonstrated in Figure 2a. Figures 2b and 2c display
solutions for a load bearing foundation with brackets.
Often special solutions had to be developed as shown in
Figure 2d. The vertical loads are mostly transferred
down in the building foundation, in a mounting bracket
or in a new manufactured concrete base. The premounted timber beams on the floor slab are taking the
horizontal loads. This relatively simple mounting system
has the disadvantage that the whole vertical loads always
have to be transferred across the façade elements into the
foundation. It is also noticeable that in many cases it was
necessary to develop or to adapt new connection details
for each building, especially for skeleton structures.
In the smartTES project a book about fire safety for TES
is published, which explains the different fire regulations
in Finland, Norway and Germany and the requirements
on fire safety of the TES façade. Additionally several
fire behaviour tests were conducted to proof fire safety

By analysing the state of the art, it becomes obvious that
this interesting and seminal refurbishment method needs
systematisations to get more competitive in the future.
Therefore a façade-system-connector is developed,
which is multifunctional and variable applicable. A lowcost prefab façade is evolved and will be classified
which can be entirely prefabricated, including the
external render system. The special element joint
solutions allow an easy and fast mounting and fixation of
the elements without any additional work on-site.

3 THE LOW-COST PREFAB FAÇADE
The low-cost prefab façade is developed to get a
classified and systematised façade system, which can be
used for buildings in building class 4 and 5 up to a fire
escape level of 22 m without the demand of a fire
protection concept. The reduction of costs plays an
essential role and is provided by









scalability and replicability
holistic prefabrication
reduction of layers
simple structure
systematised joint details
systematised fixation possibilities
fast and easy assembly
disassembly and exchange.

The façade-system consists of timber framed elements
with a non-rear-ventilated external render-baseboard and
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an external render system which is entirely prefabricated.
Two typical wall structures of the low-cost prefab façade
are shown in Figure 3; either a rear-closed element (a) or
a rear-open element (b).
In the closed element the insulation material is integrated
during production and only the adaption layer has to be
filled on-site or a ductile insulation material can also be
fixed while prefabrication. To reduce costs and layers it
is possible to omit the rear panel. In this case the empty
façade element is mounted on the building and the whole
void space is filled on-site.

Figure 3: Typical wall structures of the low-cost prefab timber
framed façade element, (a) closed element, (b) open element

In both cases the façade element and the openings are
framed by a non-combustible insulation material to
prevent spread of fire inside the element and also to
realise a closed cavity for the blowing-in procedure of
the cellulose. This can be done storey-wise, as shown in
Figure 4 but also by the window sill and reveal.

This approach enables to use variable products of
different producers and so the most favourable can be
chosen depending on the specific refurbishment project.
3.2 Mounting procedure
The façade elements are self-supporting and can be
mounted on the existing building in different ways.
Depending on the building structure and material the
element might be hanging, storey wise mounted,
standing at the bottom or storey wise standing. Building
geometry plays an important role on the application of
the façade elements. It influences the choice of the
orientation (horizontally or vertically) as well as the
possibilities of fixation. Especially the roof, the balcony,
the openings of the building and the building foundation
play a central criterion. The mounting procedure of
vertical façade elements is more complicated than of
horizontal elements because they must be erected on site
and so they have to be constructed much stiffer. An
advantage of vertical elements is the reduction of
horizontal joints.
In many cases it is useful that the horizontal as well as
the vertical loads are supported storey wise by the
existing building. This mounting typology is usable for
skeleton and solid constructions and no additional
foundation is needed. Therefore a façade system
connector is developed for hanging the elements storey
wise on the existing building.

Figure 4: Injection of the cellulose into the adaption layer

3.1 Various materials and structures
To get a system solution and not only a product, the aim
of this project is to classify an independent façadesystem, so that different render-systems, external and
internal panels but also insulation materials can be used.
Thus depending on different requirements of building
physics and static, variable configurations and products
are possible. If for example the building stock provides
an airtight construction the rear panel can be omitted and
the external layer has to fulfil the stiffening (necessary
for mounting process). The façade thickness can be
various between 200 mm and 380 mm.

Figure 5: The low-cost prefab façade (test specimen for large
scale test)
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3.3 Vertical and horizontal joint details
For an easy and fast mounting process special joint
solutions are developed. These vertical and horizontal
joints have to provide watertightness, transmission of
loads, absorption of expansions and fire safety. In
general the horizontal joint is placed in the area of the
ceiling, but can also be placed corresponding to the
building geometry and architectural wishes.
The visual effect of the horizontal and vertical joints is
visible in Figure 5, which demonstrates the test specimen
for the large scale fire behaviour test.

The protection of the horizontal joints during transport
and assembling is provided by a geometrical
arrangement as shown in Figure 8 where the lower edge
of the profile is about 15 mm higher than the lower edge
of the sill beam.

P-seal profile

Figure 8: Geometrical protection of horizontal joint profiles

Figure 6: Sample of a horizontal joint detail

The vertical joint (Figure 9) is backed by an
incombustible board. The watertightness is provided by
standard plug profiles and pre-compressed watertight
sealants. A standard connector for prefab walls is used to
connect the façade elements to each other.

The horizontal joint is shown in Figure 6. The tongue
and groove system provides the transmission of
horizontal loads between the upper and lower façade
element. For fire safety reasons the joint is backed by an
incombustible panel. An additional horizontal board
provides a horizontal fire separation between the
elements.
The watertightness is achieved by sliding joint profiles,
which are developed for this application by using
standard profiles and modified profiles. Experiences
made with profile producers show that they can easily
integrate them in their production. Before mounting the
respective element a watertight seal has to be stuck on
the profiles to ensure watertightness (Figure 7).
Figure 9: Sample of a vertical joint detail

On the rear side of vertical and horizontal joints P-seal
profiles ensure air-tightness between elements. It is
installed during prefabrication and need no additional
work on-site. This is necessary if the rear panels
represent the airtight layer.

Figure 7: Sliding joint profiles in horizontal joint

Figure 10 shows a pattern of the cross joint detail
(without external render system). In general the elements
are mounted storey wise, so after the lower row of
elements is attached, a small piece of the joint profile is
fixed on the cross joint to ensure the watertightness.
Afterwards the next level of elements will be mounted.
These joint solutions for vertical and horizontal joints
enable the holistic prefabrication of the entire façade
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element even including external render system. Due to
the prefabrication process a high accuracy is guaranteed.
On-site each element can be easily and fast put together
without any additional work. The visible joint pattern is
reduced to a minimum and no piece is jutting.





Single Burning Item Test (acc. to ÖNORM
EN 13823 [11])
Single-flame source test (acc. to ÖNORM
EN ISO 11925-2 [12])
Fire behaviour of façades (acc. to ÖNORM
B 3800-5 [9])

4.1 Single Burning Item Test
The Single Burning Item Test [11] is used to determine
the fire behaviour of construction products. This test
simulates a burning wastebasket in a corner of the wall.
In Figure 11 the SBI Test of the low-cost prefab façade
is displayed. The main burner is arranged in the corner
and produces a heat release rate of 30.7 ± 2.0 kW. The
fire behaviour of the specimen is analysed over a time
period of 20 minutes.

approx. 5 mm

cross joint profile insert

Figure 10: Cross-joint detail

4 REACTION TO FIRE TESTS
Due to the fact using ecological and combustible
materials the fire safety plays an important role. The
OIB Guideline 2: safety in case of fire [10] regulates the
fire protection requirements in Austria for rear and nonrear ventilated façades on buildings of class 4 and 5 as
follows:




restriction of fire spread across the façade on
the second floor above the fire source
to restrict that parts of façade are falling off
no hazard for fleeing people and rescue teams

Additionally the OIB Guideline 2 demands on the fire
behaviour of façades in building classes 4 and 5 to be
classified as complete system B-d1 (acc. to ÖNORM
EN 13501-1 [8]) or single components have to be
classified, as shown in table 1.
Table 1: General requirements on the fire behaviour of façade
systems acc. to OIB Guideline 2 [10]
Building class

4
B-d1

5
≤ 6 st.
B-d1

5
> 6 st.
B-d1

Complete System
Single components
External Layer
Substructure linear/punctual
Insulation Layer

A2-d1
D/A2
B

A2-d1
D/A2
B

A2-d1
C/A2
B

To fulfil these fire protection requirements and to get a
classified façade system for renovations of buildings in
class 4 and 5 following tests are conducted at the IBSAustria in Linz:

Figure 11: Single-Burning-Item Test

Three SBI exploratory tests with different products are
conducted as orientating tests to determine the worst
case scenario. Then this worst case is repeated two times
and is used for further tests as the Single-Flame Source
Test and the large scale test according to ÖNORM
B 3800-5.
Table 2: critical values for SBI Test [11], [8]
parameters

FIGRA0.2MJ
THR600s
SMOGRA
TSP600s
SMOGRA
TSP600s
Droplets

critical values

< 120 [W/s]
< 7,5[MJ]
< 30 [m²/s²]
< 50 [m²]
< 180 [m²/s²]
< 200 [m²]
no

classified as

B
B
s1
s1
s2
s2
d0

To classify the façade according to EN 13501-1
following parameters are considered: No lateral flame
spread to the edge of the specimen is allowed.
Parameters as the fire growth rate (FIGRA), total heat
release within 600 seconds (THR600s), smoke growth rate
(SMOGRA) and total smoke production within 600
seconds (TSP600s) have to fulfil the critical values given
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in Table 2. All performed tests achieved the desired
requirements and the façade system will be classified as
B-d0 according to EN 13501-1 [8] and meets the criteria
of the OIB Guideline 2.
4.2 Single-Flame Source Test

above the combustor and the horizontal joints have to be
situated 700 mm and 3100 mm above the window lintel.
The test duration is 30 min and is approved if following
points are confirmed:


In addition to the SBI tests twelve Single-Flame Source
Tests [12] have to be performed to classify the fire
behaviour of a product in class B. Six edge flame
impingement tests and six surface flame impingement
tests are conducted to investigate the flammability of the
specimen by a single flame with a flame height of
20 mm and a flame application time of 30 seconds
(Figure 12).





No visual detectable spread of fire is found on
or under the façade surface
Temperatures behind the surface is smaller than
in front of it
No falling off of large parts
No falling off of burning parts

The products for the large scale test are chosen
according to the worst case scenario of the SBI tests and
a façade thickness of 380 mm is used. The elements
were prefabricated including external render system and
were mounted in few hours in spite of the confined space
and without crane. Instead a telescope forklift was used.
These unfavourable conditions distinguish the
opportunities of this refurbishment measure.
The façade system is mounted and fixed on the wall by
using the E.T.-Façade-System-Connector which is
shortly described in chapter 5.

Figure 12: Single-Flame Source Test [12]

The specimens for the edge exposure tests consist of the
external panel, which is rendered around the corner. For
the surface exposure a vertical joint is integrated in the
specimen to obtain the worst case. Beneath the specimen
a filter paper is placed to observe if flaming particles or
droplets cause an ignition. The vertical flame spread (Fs)
should not reach 150 mm above the flame application
point within 60 seconds. In Table 3 the critical values for
the single-flame source test are listed.
Table 3: critical values for single-flame source test [12], [8]
parameters

Fs
Droplets

critical values

< 150 mm within 60 s
no

5

B
 d0

4.3 Large Scale Test
The large scale test is performed according to ÖNORM
B 3800-5 [9] and is necessary in Austria to prove that the
fire spread across the façade on the second floor above
the fire source is restricted. Furthermore it confirms that
no parts of the façade are falling off and that no hazard
for fleeing people and the rescue teams occurs. A
complete window burning is simulated, which attacks
the façade system. The specimen has a height of 6 m and
the window opening is placed in an inner corner as
shown in Figure 13. The fire load is a 25 kg wooden
crib, which is located in the opening. IBS-Austria
demanded additionally to the requirements according to
ÖNORM B 3800-5 to integrate a simulated vertical joint

Figure 13: Large scale test according to ÖNORM B 3800-5

Five minutes after ignition the fire of the wooden crib is
fully developed. The maximum temperature in front of
the window lintel is about 921°C after approximately
12 minutes and the flame spreads 1,5 m over the lintel
(Figure 14). Afterwards the fire and temperatures goes
rapidly down again. At the end of the test (after 30
minutes) the temperature is under 150 °C. The measured
temperatures inside of the façade system remain low
while the whole test and no spread of fire within or
outside of the façade occurred. Figure 15 illustrates the
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measured temperatures in front and inside of the façade
system.
The façade showed almost no response to the fire and the
fire stopped automatically by self-extinguishing after
approximately 18 minutes.

Based on these investigation it is planned to valid this
test by an expert opinion of a German research institute
according to DIN 4102-20 [13]. The German and
Austrian large scale tests are very similar to each other.
So this standardised refurbishment method will also be
applicable in Germany and in further steps in whole
Europe.

5 E.T.-FAÇADE SYSTEM CONNECTOR

Figure 14: Maximum temperature in front of the window lintel
∆T = 921°C after 12 minutes.

Figure 15: Measured temperatures in front and inside of the
façade system

After the test the render-baseboard was opened and
visible impacts within the façade system were examined.
In general almost no influence of the fire is obvious.
The render system got few cracks and dark
discolorations. No breaking of the baseboard occurred
and also the cellulose is still intact. Only the cellulose
which is adjacent to the render-baseboard shows
discolorations.

Figure 16: Detailed view after the end of the test

Another important factor for standardisation of this
refurbishment method is the necessity of a façade system
connector. Therefore the E.T.-Façade-System-Connector
is developed, which is multifunctional and variable
applicable. It is fixed on the reinforced concrete floor
slab, pillars or masonry walls with concrete screws or
injectable adhesive anchors.
The System-Connector has to fulfil several criteria. It
must be multifunctional and easy to assemble, so that the
façade elements are mounted in a very short construction
time and it should be able to absorb tolerances in all
three directions to compensate an uneven existing wall,
inaccuracies in building survey or in prefabrication as
well.
Another important factor is the possibility to lead
vertical and horizontal loads storey wise in the existing
building, so that at the bottom no concentrated load
introduction occurs. Thereby the application of
prefabricated façade elements gets more flexible. A
central role plays the accessibility of the connector. Its
position on the upper part of the façade element and a
detailed consideration of dimensions allow the handling
from the top of the respective element. The most
essential requirements of the connector are listed in the
following itemisation:









Fast and easy assembly
Absorption of tolerances in all directions
Bearing of vertical and horizontal loads
Accessibility
For different building types and materials
Multifunctional application
Avoidance of thermal bridges
Systematised solution leads to cost reduction

The focus of this connector is of course its application in
refurbishment projects with prefabricated timber framed
façade elements for solid and skeleton structures. The
elements can be oriented vertically or horizontally and
can begin in the ground floor but also e.g. in the second
floor. Indeed its use for other purposes is also possible,
for example building extensions with balconies or
elevator shafts and hybrid-timber-buildings.
The E.T.-Façade-System connector was used for the
large scale test and demonstrated the expected
performance.
Because of a patent application it is not allowed to show
more detailed informations about this connector at the
moment.
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6 CONCLUSIONS
The aim of this project is to develop standardised
solutions for thermal refurbishments with prefabricated
façade elements. Consequently a low-cost prefab façade
is developed and will be classified as complete system
B-d0 for its application on buildings of class 4 and 5 up
to a fire escape level of 22 m. It consists of variable
applicable products, as insulation materials, external and
internal panels and render systems, thus the most
favourable can be chosen depending on the specific
refurbishment project.
The presented joint details allow the prefabrication of the
entire façade element, even including the external render
system and requires no additional work on-site.
Additionally the E.T.-Façade-System-Connector ensure
a fast and easy assembling on-site of the prefabricated,
pre-rendered and integrated elements. Thus this work
will contribute to a new standardised and cost-effective
refurbishment measure for ecological thermal
renovations.
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A TIMBER BASED ATTIC EXTENSION SYSTEM FOR SUSTAINABLE
URBAN DENSIFICATION
Stefan Jaksch1, Angelika Franke 2, Martin Treberspurg3
ABSTRACT: The growth of metropolitan areas is progressing worldwide. According to recent projections, the city of
Vienna will grow by 250,000 inhabitants and reach a total of 2 million inhabitants by 2030. Supplementary residential
spaces have to be developed – not only by creating new urban quarters, but also through refurbishment and urban
densification.
Most urban development strategies include attic extensions as an important means to increase urban density. Due to their
low housing density, Vienna’s municipality buildings (“Gemeindebauten”) of the 1950s to 1970s seem especially suitable
for such measures. Using timber as a regionally available and environmentally sustainable material provides additional
ecological and economic advantages.
Our objective is the development of a system for attic extensions based on industrially prefabricated timber elements with
integrated renewable energy systems. This system shall facilitate large-scale urban densification in Vienna – and
elsewhere.
KEYWORDS: prefabrication, climate change, sustainability, attic extension, refurbishment, urban densification

1 INTRODUCTION 1 23
During the last three years Vienna has grown by 100,000
inhabitants [1]. Following recent projections, this
development will continue and the city will reach a total
of 2 million inhabitants by 2030 – or even earlier.
Analysing these demographic developments makes clear
that there is a need for new living space that exceeds the
current construction activities [2].
Notwithstanding this expansion, Vienna’s generally high
quality of living shall be preserved. New construction
projects in urban development areas alone cannot meet
these future demands. Supplemental residential spaces
have to be generated – not only by creating new urban
quarters, but also through refurbishment and urban
densification [3].
One of the most important sustainable development
strategies is the densification of the existing building
stock through attic extensions and other expansions. Thus
new apartments in central locations are created while at
the same time social mix is encouraged, living conditions
can be improved and the value of the existing building
stock can be enhanced. Sharing existing infrastructure,
public transport, shopping facilities and the like with the
new residents will help reducing costs at the overall
economic level.
Attic extensions are common practice in urban
densification, but they have to be tailored to individual
buildings and require comparatively high planning
efforts. Today most attic extension projects in Vienna are
1
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implemented on buildings of the late 19th century
(Gründerzeit) in attractive inner-city locations.
Comparatively high real estate prices in these locations
make it easier to break even – despite of high planning
and implementation efforts.
Looking at their low housing density, Vienna’s
municipality buildings of the 1950s to 1970s seem
especially suitable for densification measures. Compared
to the conditions in the general housing market, however,
staying cost-effective is not so easy for social housing
projects. This calls also for economic improvements – in
addition to public loan guarantees and grants. Using
timber from regional sources as the main construction
material addresses both ecological and economic aspects:
local resources are brought to use, carbon dioxide
emissions are reduced and local businesses can be
strengthened.
As urban growth is progressing, more housing space has
to be created within our cities. While free space for new
buildings is not always available or not sufficient, we need
strategies for urban densification. Buildings that have
been built within a certain period under similar boundary
conditions often share common features and could be
suitable for a systematic approach. Further aspects of
successful urban densification projects are the
consideration of ecological and economic aspects while
preserving or even improving the quality of living.
Within the context of a publicly funded research project
(Attic Adapt 2050, [4]) we develop a systematic approach
for attic extensions of Vienna’s municipality buildings
3
Martin Treberspurg, University of Natural Resources and Life
Sciences, Vienna, martin.treberspurg@boku.ac.at
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(Gemeindebauten) of the 1950s to 1970s. A systematic
approach to lightweight, timber based attic extensions
shall promote refurbishment and densification for typical
residential buildings owned by the city of Vienna. Both
cost and time efficiency of the construction projects can
be improved during planning and implementation phases
by using modern manufacturing methods with a high level
of prefabrication.
Besides describing technical aspects, we will estimate the
potential ecological, economic and social impact when
applying the proposed attic extension system to all (or a
relevant share) of the buildings considered in this study.

2 VIENNA’S POST WAR
MUNICIPALITY BUILDINGS
2.1 HISTORY OF SOCIAL HOUSING IN VIENNA
In Vienna, social housing covers approximately 24% of
the existing housing stock [5] and is serving an important
role as regulative instrument within the cities’ rented
housing segment, securing a relatively stable rent level.
Over the past years, the demand for more affordable
housing space has risen dramatically, exceeding the
supply, due to the growing population number and a
market shift towards more pricey real estate.
Since the inter-war period, when the first municipal
housing programme was introduced by the acting social
democratic administration of Vienna (“Red Vienna”) in
1923, its municipal residential buildings have become an
essential component of the cities’ socio-political and
architectural landscape. After the First World War, the
high need for additional living space was overcome by the
construction of 334 new dwellings, offering a total of
64.000 living units. In 1945 Vienna was facing a similar
situation due to the vast destruction of its building stock
during World War II. The newly introduced building
programme was designed to create as many housing units
as possible in minimal time and to improve Vienna’s
urban structures by constructing more dispersed
settlements, following popular modernist ideas of that
time. Over 800 new social housing estates, scattered
throughout the outer districts of the city were constructed
during these years, offering more than 115.000 new
apartments [6]. Standardization was the only way the city
could cope with the pressing need for new living space
after the Second World War. Therefore the vast majority
of these houses are based on typological layout schemes,
which were prescribed by the municipal planning and
building control office. Their architectural design was
kept almost identical throughout the post-war years.
Therefore systematic refurbishment and densification
solutions, such as an attic extension system, could
potentially be applied to a very large number of buildings
creating highly needed additional living space within the
city.

2.2 BUILDING TYPOLOGY OF POST-WAR
MUNICIPALITY BUILDINGS
The term economic is defining for the architecture of
Vienna’s social housing buildings of the post-war years
and describes their main characteristics especially well. It
applies to the selection of used building materials as well
as their structural dimensioning, apartment-sizes, ceiling
height and the overall floor plan design. Because of their
functionalist design idiom, the post-war building stock
clearly differentiates itself from typical Viennese town
houses (“Gründerzeit houses”) of the late 19th century as
well as the municipal residential buildings from the
interwar-period, often referred to as “superblocks” (e.g.
Karl-Marx-Hof).
Within the context of the research project Attic Adapt the
social housing building stock was investigated by
comparison of aerial views and then classified into
different building types based only on their outer
appearance. The most common building types – 1950.1,
1950.2 and 1960.1 are shown in Figure 1:

Figure 1: Common building shape types: 1950.1 (top), 1950.2
(middle) and 1960.1 (bottom)

Further studies of original planning documents from 1945
to 1970 showed, that the interior layout design of the
classified building types stayed fairly consistent
throughout the years. Some minor differences can be
found in varying room-proportions and increasing
apartment sizes towards the 1970s. General building
characteristics like the building depth, the structural
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system, the placement of staircases, sanitary facilities and
kitchen-areas were hardly alternated during the entire post
war era until the end of the 1960s.
Figure 2 shows four typical examples of floor plans of
Viennese post-war municipal buildings:

Figure 3 shows a section where the general distribution of
vertical loads from roof to foundations can be followed:

Figure 2: Floor plan examples of Viennese post-war municipal
buildings (based on various original plans, [7])

The vast majority of typological post-war buildings were
constructed as ribbon developments with north-south
orientation for optimized daylight and fresh air supply of
all common rooms. The separation of residential
complexes into relatively small apartment blocks not only
supported the establishment of housing communities, but
also provided generous open spaces in between the
building rows. Because of the dispersed form of
settlement, the addition of supplemental storeys to the
existing buildings does not interfere with a sufficient
daylight-supply of neighbouring houses. Today, many of
the former city outskirts have become well integrated in
the urban landscape due to Vienna’s urban development
during the past decades, shifting them closer to the city
centre. Therefore the examined building stock proves to
be especially suited for urban densification, securing rare
green spaces within the densely built-up city while
creating new living spaces in well-developed districts.
2.3 CONSTRUCTION SYSTEM AND
MATERIALS
Analysing the building stock of post-war municipality
buildings in Vienna shows a typical construction scheme
that also reflects the shortage in building materials and in
turn the development of substitutes for previously used
materials.
The vertical load bearing system consists mainly of two
external walls and one interior wall in longitudinal
direction. A lightweight timber roof construction rests on
these walls. Floors consist of ribbed concrete slabs that
were commonly described as “Ast-Molin” system at the
time. Walls in cross direction (between apartments and
building sections) serve as bracing walls. Continuous
concrete foundations are located beneath the main load
bearing walls.

Figure 3: Typical section showing roof construction, slabs,
external/interior walls and foundations [7]

The shortage of building materials after the war led to a
variety of new and economic construction methods and
materials. Solid clay bricks were not available in large
quantities and therefore hollow clay or concrete bricks
and other new materials like aerated concrete were used
instead. The efficient material use lead to improved
thermal insulation properties, thus allowing for thinner
wall constructions. In turn, compression strengths of these
materials are considerably low when compared to solid
clay bricks. As most buildings had only three or four
storeys, this was not a problem at the time of their
erection. Typically, material of lower compression
strength was used for the walls of the upper floors, while
solid clay bricks or concrete wall constructions were used
for the lower floors.
Problems may arise during renovation (especially within
the context of attic extension projects) as wall
constructions cannot bear substantial additional loads.
Even connection of additional thermal insulation layers
can be problematic with certain wall constructions.
Originally, wood-wool building boards (in Austria
commonly known under their brand name Heraklith)
served both as thermal insulation layer and plaster base.
For poured concrete constructions (also frequently used at
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the time), wood-wool boards were also used as
scaffolding elements.
2.4 ADAPTATION CONSTRAINTS
Because of their small-scale floor plan design, low ceiling
heights, outdated building equipment and used building
materials, Viennese social housing buildings of the postwar years offer rather difficult prerequisites for
renovation measures. The implementation of barrier free
accessibility, the modernization of mostly decentralised
building services and the elimination of thermal bridges
for instance caused by continuous balcony slabs typically
represent some of the major obstacles for comprehensive
refurbishments.
Nevertheless,
these
difficult
circumstances can be overcome by “one-fits-all”
solutions, thanks to the buildings’ cohesive typological
layout designs. Consequently, the developed prototypes
for one- or two-storey modular attic extensions open up
an enormous potential for applications within the largely
untapped stock of post-war social housing buildings to
create new affordable living space by vertical
densification.

3 ATTIC EXTENSION AS TOOL FOR
URBAN DENSIFICATION
In Vienna, attic extensions have become fairly popular as
a tool for urban densification of inner city districts. At the
moment they are mainly realized on top of late 19th
century buildings, so called “Gründerzeit-houses”,
offering attractive living spaces with privileges such as
unique views over the city skyline and private exterior
spaces in the form of terraces and roof gardens. Properties
of this kind are selling quickly, obtaining high prices,
turning them into lucrative business-objects for investors.
The commonly used mixed construction, consisting of
steel frames with timber infill, is a well-suited method for
extending historic Gründerzeit-houses. It grants a high
degree of design flexibility, which is required by the
buildings’ high variety of floor plan concepts and
individual construction methods.
A low-cost housing system on the other hand can hardly
be realized with this approach due to a lack of
standardization, resulting in high individual planning
efforts and a lengthy construction process involving
several different trades. The possibility of prefabricating
building elements for attic extension projects is
commonly ruled out.
At present, the municipal housing administration of
Vienna is investigating the possibility of vertical
densification in the run-up to every thermal refurbishment
project. On account of the lack of economic densification
solutions applicable to the typological building stock of
the post-war period, the number of executed attic
extensions is still relatively small.
As refurbishments of social housing buildings are
typically carried out under inhabited conditions, saving
time and minimizing disturbances for local residents are
further key factors for successful renovation activities.
The conventional approach to attic extensions comes with

a highly time consuming construction process and
therefore does not represent a satisfying system solution.
However, a timber based modular building system with a
high degree of prefabrication can be realized in a minimal
amount of time. At the same time a prefabricated system
guarantees highest standards of quality as well as a
smooth and time-saving implementation process, ideally
suited for the vertical densification of municipal housing
buildings.

4 A SYSTEMATIC APPROACH TO
ATTIC EXTENSION
Most attic extensions in Vienna are currently built using
steel-timber constructions that are assembled on-site. This
involves high planning efforts and an error-prone
realization process, which in turn implies that early cost
certainty is comparatively hard to achieve.
Our aim is to develop a modular configuration system for
attic extensions that is based on industrially prefabricated
timber elements. Generic structural calculations shall
reduce planning efforts for individual implementation
projects. In addition to saving carbon dioxide emissions
because of using timber as construction material, the
integration of renewable energy systems will further
increase the sustainability of the construction and will
have a positive impact on climate change. This system
shall be applied as a flexible tool for urban densification
and refurbishment of Vienna’s municipality buildings of
the 1950s to 1970s.
As these buildings share common shapes, floor plan
layouts and materials, the proposed attic extension system
should generally be applicable to all of them. To reach this
goal we designed a simple systematic solution based on
the existing load bearing system, which all identified
building types have in common. The load bearing system
of the extension elements follows the concept found in the
building stock: vertical load distribution through external
and interior main walls, supplemented by bracing wall
elements at the apartment boundaries. This concept allows
for a variety of layout concepts as partition walls can be
placed almost arbitrarily.
As a matter of course, a close inspection of the existing
building structure followed by a precise construction- and
process-planning are mandatory requirements for a
smooth and timesaving execution.
A showcase project that shall actually be implemented
within short time will not only aid in understanding the
technical issues but also hopefully serve to convince
authorities and inhabitants alike of the advantages of the
planned measures. Descriptions provided in this section
reflect the current design state for this refurbishment
project located at the 22nd district in Vienna (Wagramer
Straße 164-168). Two design variations have been
developed in cooperation with the municipal housing
administration, timber construction enterprise and
specialists for interior constructions: a lightweight, onestory attic extension and a two-story variant including
heavier cross laminated timber components. According to
the effective building regulations (namely allowable
building height), both designs could be executed at the
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chosen location. This demonstration project shall
therefore serve as a prototype and template to facilitate the
execution of many other similar projects in Vienna.

Figure 4: Section of proposed attic extension – one-story
variant [8]

Figure 5: Section of proposed attic extension – two-story
variant [8]

4.1 CONSTRUCTION SYSTEM
To reduce the total weight of the attic extension system,
the building envelope was designed as a lightweight frame
construction with inboard insulation (mineral wool).
Wall elements are prefabricated including the layerstructure of an external thermal insulation composite
system based on soft wood fibre up to the flush and
reinforcement layer.
On-site, only the outermost layers of exterior plaster and
the interior planking (gypsum fibreboards) must be added
to complete the wall structure. The roof elements consist
of the same basic construction as the elements of the
exterior wall, except that the inboard insulation is 12cm
thicker. The prefabricated components already include the
roof seal strip, battens and counter battens. They will be
completed on-site by adding the roof tiles and interior
planking.
By implementing a highly insulating building envelope to
attic extensions, the heating demand and its associated
cost during the winter months can be minimised. Against
the background of rising temperatures and the
phenomenon of urban “heat island effects”, summer
overheating has become another important issue that must
be considered. Especially attic extensions made up of
lightweight structures have one fundamental shortcoming
– a lack of thermal storage mass. Therefore the
intermediate ceiling of the two-story attic extension
system was designed as cross-laminated timber elements
in order to increase the thermal storage mass and to
minimize the workload of production at the same time. By
introducing solid wood boards to the attic extension
system its total weight increases, but the overall benefits
such as improved interior comfort and higher footfall
sound insulation outweigh the disadvantages that come
with additional weight. Further improvement of the
building performance can be achieved by carefully
considering the orientation and size of glazing elements,
appropriate shading and incorporating new materials
especially developed for lightweight timber constructions,
such as phase-change-materials (PCM). PCM-boards can
be installed as components of the interior completion and
can partially replace traditional panelling. It is one goal of
the research project Attic Adapt 2050 to investigate the
effects of PCM-boards on the interior comfort by
conducting a dynamic building simulation.
4.2 PREFABRICATION AND ASSEMBLY

Figure 6: Standard wall and roof construction details
(highlighting prefabricated layers) [8]

Developing an attic extension system for an urban area,
transportation requirements have to be considered. The
proportions of the building components have to be
designed adequately to fit on to a standard truck that can
be used in metropolitan areas without special regulations
such as obligatory roadblocks. In Vienna, the maximum
height of building components is restricted to 2,50m to
allow for delivery during daytime and without taking
exceptional measures. Larger elements must be delivered
at night and require a designated storage location at the
construction site from where they can be manoeuvred to
the building during the day. Therefore, the possibility of
prefabricating entire building modules (e.g. dormer or
sanitary modules) was ruled out.
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In order to minimize assembly times on-site and to reduce
disturbance of local residents, a high degree of
prefabrication was chosen for the building components.
All parts of the building envelope such as wall and roofelements are produced at the factory-site including
windows, terrace doors and skylights as well as roofintegrated PV-panels (if intended).
The construction process of the attic extension system was
designed to keep construction works and the disturbance
of local residents that come with it as short as possible.
Thanks to a very detailed planning and precise
prefabrication of the building elements, the entire process
starting from demolition works to completion of the
building envelope can be realized under ideal framework
conditions in only three weeks.
In a first step, after demolition works, existing chimney
walls and stair cases are extended. An auxiliary steel
construction is installed as a base for intermediate ceilings
and/or roof elements. Afterwards, prefabricated building
envelope elements are assembled, namely for outer walls,
fire walls, intermediate ceilings, dormers and the roof.
Roof covering and wall cladding is mounted to these
elements on site. Finally, interior works are completed –
including the installation of lightweight interior walls and
placing the sanitary installations into service.

Figure 7: Simplified visualization of assembly process [8]:
a) steel construction & wall elements (lower floor)
b) intermediate ceiling
c) steel construction & wall elements (upper floor)
d) roof covering

4.3 INTEGRATION OF PHOTOVOLTAICMODULES/RENEWABLE ENERGY
COMPONENTS

Figure 8: Map of the solar potential of roof surfaces in Vienna
(social housing building complex Goergengasse 26, 1190
Vienna) [9]

The roof surfaces of the mostly north-south oriented
ribbon developments offer a high potential for
environmentally friendly energy production using
photovoltaic or solar thermal collectors.
The developed prototypes of the attic extension system
propose building-integrated solutions for PV-modules
which can be pre-installed at the manufacturing site
during prefabrication. The municipal housing
administration has implemented photovoltaic modules on
top of new building projects, but has only been using
traditional roof-mounted solutions so far. By choosing
roof-integrated photovoltaics for the generation of
electricity on top of the attic extension system, a wellrounded architectural concept can be realized while
cutting cost by partially replacing building materials (roof
cladding) through solar modules.
The on-site production of energy is an important aspect of
the Nearly-Zero-Energy-Standard that will become a
requirement in Austria by the end of 2020 as the
construction standard for all new buildings. Further on it
will also become relevant for refurbishments.
This way the building envelope becomes multifunctional, not only serving the purpose of weatherprotection, but also generating energy for the building and
its residents. At present, the produced electricity may only
be used for commonly shared facilities such as general
lighting or elevators, but (at present) not within private
apartment spaces due to legal barriers.
4.4 STRUCTURAL DESIGN AND LOAD
BEARING CAPACITY
Dimensioning of the prefabricated attic extension
modules is straight forward using standard materials and
dimensions. Comparatively low spans of less than 6m
pose no problems here. As mentioned before, the great
challenge for structural engineering in this context is the
possibly insufficient load bearing capacity of the stock
buildings due to low material strengths, especially within
the main load bearing walls. This applies not only to the
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vertical load distribution and foundations, but also to the
resistance against horizontal loads and earthquake
security.
A valid estimation of the load bearing capacity for a given
building requires a thorough examination of soil
conditions and various material properties (e.g. mortar
and brick strengths in solid brick masonry) of the specific
construction site. Ideally, these properties are evaluated
using strength tests on original specimen. So far, it has not
been possible to apply such destructive testing methods to
our prototype project. Therefore, we rely on assumptions
for material properties and other calculation parameters
for structural verifications. Variations of these parameters
show that the load bearing capacity of the original
structure is sufficient for a one-story attic extension
according to effective building codes and regulations. For
a two-story attic extension, however, it seems more likely
that the load bearing capacity of foundations and other
building elements, as well as the building’s earthquake
stability cannot be proved without additional
reinforcement measures [10]. Both in-depth analysis of
the necessary verifications for a variety of parameters and
investigation of suitable reinforcement constructions are
still ongoing within the project context.
4.5 FURTHER ANALYSIS
The development of the proposed attic extension system
is still work in progress; further analysis has to be done on
different fields.
4.5.1 Thermal behaviour
The currently planned level of thermal insulation is
predefined by the effective standards of Vienna’s
municipal housing agency (‘Wiener Wohnen’). While
nowadays an improved thermal insulation may be
desirable in order to achieve a higher level of energy
efficiency, even higher thermal insulation standards will
become obligatory soon. For this reason, design variants
for the building envelope will be developed, assisted by
software based building performance analysis tools. A
dynamic building simulation of the developed attic
extension system will be conducted in order to analyze
the indoor-climate inside the rooftop apartments, with a
special focus on avoidance of overheating during summer.
By optimizing the constructional systems and materials of
the used building elements, the attic extension system
shall offer the highest indoor-comfort – even when
temperatures are rising due to climate change.
4.5.2 Cost Estimate
Compared to the erection of new buildings, attic
extensions offer a cost-effective way to create new living
space. For the building owner there are no additional
property prices and the existing infrastructure can be
shared.
Within the context of a general refurbishment project,
Vienna’s building authorities also promote the creation of
new living space [11]. Thus, the actual execution of an
attic extension may become a condition for public aid
payments. Besides this political measure to stimulate the
market, selling the newly built roof apartments is a

common way of financing a general refurbishment project
in the private sector.
The considered municipality buildings are property of the
city of Vienna. Facility management is operated by the
municipal housing administration, which is a non-profit
organisation. In this context, the newly built apartments
are not sold to finance refurbishment projects, but they
increase the city’s stock of social housing units.
Despite its non-profit character, cost-effectiveness is of
course a key factor for this building owner as well. After
completing the final design variants, we plan to do a
thorough analysis of costs and compare them with
previous refurbishment projects on municipality buildings
in Vienna. We expect benefits from various influencing
factors:
• Short construction period (due to prefabrication)
• Mass production – the system could be applied
to hundreds of buildings in Vienna
• Energy savings (both thermal and for electricity)
• Shared use of existing infrastructure
4.5.3 Effects of a Large-scale Application
In order to estimate the potential number of attic extension
projects and the socio-economic impact involved, we
carried out a rough quantitative analysis of the relevant
building stock based on the following key figures:
• Built-up area: all buildings identified within the
typological analysis (cf. 2.2 Building Typology
of Post-War Municipality Buildings) cover a
total built-up area of 634,400 m². Focusing only
on buildings that have never been renovated
before or whose renovation was executed more
than 20 years ago (before 1996), we get a total
built-up area of 209,500 m².
• Additional living space: By applying our
design-prototypes to the demonstration project
(Wagramer Straße 164-168), 410m² and 585m²
additional living space could be created for the
one story and two story variants respectively. For
extrapolation purposes, we relate these figures to
the built-up area of this specific project (~500
m²). Thus, we get a ratio of 0.82 m² additional
living space per m² built-up area for a one-story
project and 1.17 m²/m² for a two-story project.
• Wood quantity: for the one-story demonstration
project, 80 m³ of solid wood and derived timber
products are used, compared to 183 m³ for the
two-story variant (note the big difference due to
CLT wall and ceiling elements).
Combining these figures, we can estimate value ranges in
order to quantify the impact of a large-scale application of
the proposed systematic attic extension approach. In a
first step, we define a rather conservative lower end by
multiplying the figures of a one-story project by the not
renovated built-up area (209,500 m²) and a quite
optimistic upper end of the range where we assume that
all buildings identified will be expanded by a two-story
attic extension (634,400 m²). This results in
• 171,700 - 742,200 m² of additional living space,
• 2500 - 7600 newly built apartments,
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•
•

33,300 - 232,200 m³ of wood being used, and
an equivalent of 30,600 – 213,000 t of CO2
being stored by using this amount of wood.

We plan to refine this statistical analysis and consider
further influencing factors. For example, it seems less
feasible to differentiate between buildings that have
previously been refurbished and those that have not. A
more important dividing feature would be the height of
the stock building compared to the allowable height in the
effective land-use plan. In this context, we also want to
take into account that stricter fire regulations become
effective when a certain building height is exceeded
(escape level > 22m [12]).
However, already this basic estimation demonstrates
clearly the chances and positive effects that come along
with a large-scale application.

5 CONCLUSIONS
The building types considered show high potential for
urban densification in Vienna – a majority of the
municipality buildings will be refurbished within the next
decades anyway. Checking the feasibility of attic
extensions is even mandatory for projects being supported
by public means and has to be examined by the
construction authorities.
Competitiveness and cost efficiency of the developed attic
extension system (this is still work in progress) will have
to be shown. Through the application of our attic
extension system in our demonstration projects we hope
to display the advantages of the systematic and
environmentally friendly approach. As a long-term
perspective, we hope to generalize this approach and
apply it to similar situations in other cities.
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Energy-efficient modular homes for refugees in Tyrol
Thomas Badergruber1, Michael Flach2, Georg Wieland3 and Thomas Ender4
ABSTRACT: Over the past two years, Europe has been experiencing a refugee influx that raises many political and
social questions, which must be answered in their turn by proposing architectural and technical concepts for refugee
accommodation. In Tyrol alone, more than 3,000 refugees had to be accommodated in 2015 at short notice, which
motivated the office of the Tyrolian government, department of structural engineering (provincial authority inter alia
responsible for public construction projects) to charge the University of Innsbruck with the development of concepts for
modular refugee homes done in timber. A key focus of this project concerned the overall costs including construction
and operation – an issue directly linked to the questions of useful life, re-use or conversion and sustainability. Bearing
the planned use of the structures in mind, different floor plans had to be assessed; corresponding assembly grids had to
be reviewed to take account of construction-related aspects; in particular, it was to be clarified whether 2D elements or
3D room modules would be better suited for the given purpose. The present contribution aims to introduce the
respective input parameters and requirements as well as the proposed attempts at providing solutions and presents these
on the basis of a modular concept for short-term, cost-efficient and sustainable refugee accommodation as scientifically
developed for the situation in Tyrol. The contribution concludes with a recently constructed practical example of a
module for 52 persons.
KEYWORDS: Temporary homes for refugees, modular buildings, prefabrication, sustainability

1 INTRODUCTION 123
For the past two years, the countries of Europe have
been confronted with the question of how to best receive
refugees for a short-term period under acceptable social
and economic conditions; thus Tyrol, too, had to
accommodate several thousand refugees at very short
notice. The first response was to use steel containers,
which promised favourable conditions due to their rapid
availability and low set-up costs. However, it soon
became evident that the apparently convenient set-up
costs prove economically inefficient over time if
measured against the operating and life cycle costs
involved.
Thus the question was: what are the actual post-purchase
costs of a standard steel container for accommodation?
What are the total costs if operating costs are included in
the calculation? And: might not a high-quality timber
structure prove a more economical and better-quality
alternative in view of life cycle costs? Several scientists
of the University of Innsbruck tackled this question on
behalf of the Federal Province of Tyrol by developing a
1
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study that compares a newly set-up steel container
structure in Innsbruck with a proposed solution for a
modular timber building.
In this context, fundamental aspects to be considered
concerned the question of whether to go for 2D modular
design or 3D container design, which in its turn raised
the issue of length of use. To enhance sustainability, it is
obviously more convenient to build structures for longterm use composed of 2D modular, prefabricated
elements. The team developed conceptual proposals with
a grid-based arrangement for the modular assembly of
prefabricated wall, ceiling and roof elements and
compared different floor plans used in conventional
assembly methods. Again, it was found that bigger
rooms with family-friendly appointments are better than
corridor-type small premises with collective baths and
kitchens. Moreover, the choice of energy standard again
involved the issues of overall economic efficiency,
sustainability and maintenance costs. Assuming a useful
life of 30 years with subsequent re-use, a total cost
analysis taking account of setting-up, operating and
disposal costs definitely points towards solutions
boasting a high energy standard.
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2. Overall concept under review
2.1 Analysis of reference project
The total cost analysis was based on a comparison of
steel containers, which were imported from Romania for
Innsbruck’s newest refugee accommodation centre, with
energy-efficient timber modules with controlled living
space ventilation. The existing reference structure for 52
persons was composed of container elements installed
side by side and symmetrically arranged around a central
corridor. Light incidence was exclusively via the two
entrance sides. The design of the steel containers
determined the layout, which provided for small
individual units with collective sanitary and kitchen
blocks. Hot water and heating were supplied by low-cost
stand-alone devices requiring regular replacement.

Fig.2: Layout first floor – space organisation

2.1 Improvement of utilisation concept
After an inspection visit also attended by the competent
administrative body, suggestions for improvement were
prepared to enhance spatial quality and reduce operating
costs. Breaking up the rigid linear arrangement and
creating a physical centre for the grounds would result in
a more welcoming and contemporary facility that also
offers easier orientation and improved visual clarity.
Moreover, public and semi-public zones should be
pooled as well. At the same time, the common spaces
would benefit from multiple forms of use. The building
should no longer be accessed from the front sides but
from the middle to eliminate the former impression of a
long and narrow corridor.
Changing the housing concept from mere sleeping
quarters with communal kitchens and bathrooms to
compact living units with double-module dwellings
enables more flexible ways of use by both families and
individuals. Re-use of the units as first homes or for
assisted living only requires simple adaptation and
conversion measures. Eliminating the collective kitchens
and bathrooms entails further advantages, such as
improved possibilities to be on one’s own and enjoy
privacy, in addition to more salubrious hygienic
conditions.
Depending on the type of use, a varied façade design
provides for different window openings and in this way
permits improved light incidence and better visual
relations with the world outside.

Fig.1: Layout ground floor – space organisation

Fig.3: front and rear view

2.2 Energy-efficient building envelope
The life cycle and economic efficiency analysis calls for
a well-insulated building envelope with minimal heating
and cooling loads. The calculations of the researchers
were based on a modular timber frame structure allowing
for cost-efficient assembly with minimal thermal
bridging. The standardised timber frame modules were
conceived in environmentally friendly materials.
Forgoing a service cavity and hence cutting the
installation input to minimal requirements, thereby
ensuring a flat roof/wall structure without thermal
bridging, suggests a cost-efficient timber building. In
addition to meeting high building-physical requirements,
another task lay in developing concepts for building
utilities and supply facilities that would be not only
sustainable but also low-maintenance. The study
indicates that the living area windows should, if possible,
face south even in case of an adverse location of the site,
as this permits optimum solar energy input in the winter
and shading in the summer months.
Contrary to the container solution, the building services
of this option were calculated for maximum useful life to
ensure economic efficiency. Instead of electric heaters
plugged into sockets and under-sink water heaters, one
unit for 52 persons is thus supplied with just one
multifunctional compact device. Room and water
heating is provided by an exhaust-air heat pump.
Ventilation based on heat recovery helps to cut down on
up to 50% of heating costs [4]. Even the shower water is
discharged via a heat exchanger. This type of design
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excludes any form of mildew formation typical of many
steel containers.
2.3 Useful life and economic efficiency
The economic efficiency calculation is based on a useful
building life of 50 years (40 years for windows, 30 years
for ventilation). It assumes implementation of the
concept presented, with improved thermal insulation of
the building envelope as well as improved building
utilities and supply facilities, and is capable of
significantly reducing electricity consumption vis-à-vis
the current system with steel containers, window
ventilation and direct electric heating. At the end of the
day, this means that a high-quality timber solution for €
1,400.-/sq m can actually make economic sense as
compared to the low-cost Romanian containers at €
1,100.-/sq m, since reduced operating and administrative
costs ultimately result in lower expenses.
2.4 Using timber for 2D or 3D modular designs?
In view of the technical and economic challenges, it
makes sense to build a modular post-and-beam timber
structure. This design has become established in both
Europe and America as an economical solution for social
housing and complies with the high European
requirements for energy standards and prefabrication
levels. However, since container construction has in its
turn become very popular for steel structures, the
question arises whether this method might not also win
acceptance with regard to modular timber buildings.
Some relevant experience has already been accumulated
at the University of Innsbruck in the context of the
BIGCONAIR research project [4], which analysed
timber containers of different designs (post-and-beam vs.
solid timber design) [3]. Post-and-beam convinces with
lower material input, which ensures resource
conservation, duly boasts a better OI3BS indicator for
the sustainability of its components and moreover makes
do with the leanest wall designs, since insulation and
structure occupy the same level. Compared to the
modular room construction method, the advantage lies in
additional savings, since walls and ceiling systems do
not always have to be double. Of course, transport costs
are lower than for container modules, because less air
has to be transported.
Despite this, the 3D modular method offers advantages
over the 2D element method, irrespective of whether this
involves post-and-beam or solid timber designs. These
advantages need to be considered: for example, room
modules boast a much higher degree of prefabrication
and hence shorter construction and delivery times. They
can also be installed much more easily and quickly and,
especially in case of re-use, constitute the better
alternative for ensuring a long useful life. While 2D
modular structures often must be demolished after their
first use, container solutions offer excellent prerequisites
for re-use; thus they harbour interesting perspectives for
re-use especially in cases of brief primary use.

2.5 Acoustic and fire safety requirements
The proposed concept for a timber structure for the
accommodation of refugees in Tyrol is based on the
assumption that the building will have a period of use of
20 years minimum. Contrary to a “temporary container
settlement”, this suggests a modular timber structure
geared towards higher building-physical requirements, in
particular with regard to acoustic and thermal insulation
standards.
As refugee homes are assimilated to a student
accommodation, the fire safety requirements correspond
to the Austrian fire protection guidelines OIB guideline 2
for a two-storey building of category 3 (GK3). [5].
2.6 Self-build approach to promote refugee
integration
The construction of a refugee centre is also a social task
aimed at enabling refugees to have a hand in the shaping
of their new living environment, making them participate
and providing them with meaningful activity through
simple creative work. Thus it is possible to offer
refugees a construction kit composed of prefabricated
timber elements to be combined with soil. With some
guidance and their own, more or less highly developed
manual skills, refugees can thus build simple structures
independently. A construction kit done in prefabricated
timber elements is therefore available in conjunction
with practical assistance. However, such assistance
should be limited to the absolute minimum, i.e. merely
showing refugees how the kit is to be assembled, without
actually taking the work out of their hands.

Fig.4: Self-built common zone

2.7 Characteristics of the project analysed
The present concept and design take the form of a twostorey modular timber structure for the accommodation
of 52 refugees, with a gross floor area of approx. 309 sq
m per storey, i.e. a total floor area of approx. 618 sq m.

Fig.5: Two-storey modular structure
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The project is to serve as an exemplary sustainable and
future-oriented design concept for a refugee
accommodation facility that builds on the strengths of
Austrian timber construction as well as on the scientific
results of an advisory mission conducted together with
the Faculty of Technical Sciences of the University of
Innsbruck. The sustainability and advantages of this
concept are evident in multiple ways.

Fig.8: Internal wall and floor structure [2]

2.8 Summary

Fig.6: External wall and floor structure [2]

The concept recommended was strongly inspired by the
intention of conceiving a structure with a long useful
life. Since the object was a refugee accommodation
centre with a minimum period of use of 20 years and
subsequent re-use, it was evident that the outcome
should not be a “temporary container settlement”, but a
“modular timber structure” complying with superior
building-physical requirements. To compensate for the
higher costs involved, operating and heating costs need
to be drastically curtailed as compared to a container
solution. This can only be achieved by means of a
centrally regulated combination device that melds room
and water heating as well as ventilation in one lowmaintenance system. North-south orientation is a
precondition of high energy efficiency, as this both
ensures maximum solar energy input in the winter and
reduces overheating in the summer months. Correct
orientation of the windows combined with integrated
shading elements and a compact design are decisive for
high energy efficiency. Another basis for the spatial
concept lies in the systematic partitioning of the home
for refugees into double modules, which are superior to
other systems with regard to required space, space use
and flexibility. An energy standard close to that of a
passive house makes sense because of the high
occupancy rate with adequate thickness of walls and
ceilings. As a result, the building can be centrally
supplied with a heat pump, controlled living space
ventilation and heat recovery.

3. Practical example of a home for refugees
3.1 Political decision

Fig.7: window wall connection [2]

Decision-making processes to determine building
concepts for refugee centres follow their own laws. Thus
the decision on the useful life for which a project should
be designed is primarily dependent on the way the
population will view the facility. Concerns that a home
for refugees could become a permanent fixture might
lead to temporary solutions being preferred. In this
context, the choice of construction mode (in particular
on whether the 2D panel method or the 3D modular
room construction method should be employed), but also
the choice of the most suitable energy standard depend
decisively on the period of use envisaged. It is evident
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that the container option seems a desirable solution for a
short-lived building in order to improve the
preconditions for re-use. If the structure is erected with
2D elements, lower building costs combined with higher
operating costs are facts that must be accepted.

thought should also be given to the fact that many
projects originally planned as temporary structures are in
reality put to longer use than formerly envisaged.

Fig.10: Recently constructed home for refugees in Tyrol, 2016
[2]
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Fig.9: Recently constructed home for refugees in Tyrol, 2016
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3.2 A recently constructed example from Tyrol
As the task ultimately lay in designing a refugee
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4 CONCLUSIONS
The construction of refugee accommodation facilities is
a prime example of the necessity of considering in
advance such ancillary aspects as useful life, re-use, but
also minimum requirements concerning quality of life,
social integration measures and environmental impact.
Especially with regard to refugee accommodation, such
decisions rarely lie within the planners’ discretion, but
significantly impact the correct choice of the overall
concept to be implemented. Even if timber construction
has by now established a solid position in this sector, the
final decision must be inspired by the aspect of
sustainability to safeguard public interest. In this context,
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TIMBER CITY: GROWING AN URBAN CARBON SINK WITH GLUE,
SCREWS, AND CELLULOSE FIBER
Alan Organschii, Andrew Ruffii, Chadwick Dearing Oliveriii, Christopher Carboneiv,
Erik Herrmannv
ABSTRACT: The mid-rise city of the Anthropocene age 1 is formed from materials extracted, smelted, sintered, or
synthesized through intensive fossil-energy based industrial processes with significant environmental footprints.
Predictions of dramatic global population growth and urbanization suggest that the demands for these materials and
processes will rise sharply over the next 30 – 50 years, setting the stage for a significant global spike in greenhouse gas
emissions associated with the construction of new buildings and infrastructure. This paper and associated research
project examines an alternative: the transformation of dense urban centers into massive carbon sinks, made possible
through the broad implementation of emerging mass timber 2 construction technologies and regulatory and economic
policies that promote timber building in cities and sustainable management of source forests. By assessing the carbon
storage capacity of a basic structural module—a mass timber assembly applicable to a range of mid-rise urban building
types—and deploying that module at the scale of a multi-story mixed-use urban district, the paper extrapolates both
direct and associated benefits of a systemic shift from a mineral- to forest-based building economy and describes a
supply chain model that places resilient, bio-diverse forests in synergy with convivial, densely populated cities.
KEYWORDS: Mass timber, Cities, Forests, Carbon sink, Implementation, Design and assessment tool

1 INTRODUCTION

iiiiii

The forest is a natural carbon sink, absorbing carbon
dioxide (CO2) through the process of photosynthesis and
storing it as molecular carbohydrates in the woody
matter and soils of the forest biome. Wood fiber
harvested from forests continues to sequester carbon
until it is re-released as CO2 during the aerobic decay or
combustion of the material. The dense city, historically
considered antithetical to the healthy forest, is in its
current state a significant source of CO2 and other
greenhouse gas (GHG) emissions, not only in its
operational energy consumption but also in the industrial
energy demands and process emissions embodied in the
physical materials that give urban buildings and
infrastructure their form.
The Timber City project is an interdisciplinary
examination of the potential ecological and economic
linkages between the industrial production of
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construction material and the morphology of
contemporary cities. As a model of material and
structural design, environmental assessment, and landuse and planning policy, it seeks to answer the
anticipated need for new construction to serve a rapidly
urbanizing population, exploiting both the inherent
spatial, material and infrastructural efficiencies of dense
urban building morphologies and the unique carbon
storage capacity of structural timber assemblies. It
synergistically links sustainably managed forest supply
with urban construction demand, increasing the
economic value of wood fiber while incentivizing the
protection and potential expansion of global forests. It
offers the construction of new and revitalized cityscapes
as a critical tool in the global effort to mitigate climate
change by turning dense urban settlement into a
continuous carbon sink functioning at the scale and
capacity of the forests that are its renewable source. It
posits the process of photosynthesis as a valuable form
of material production energy, as opposed to the more
energy-dense but environmentally deleterious forms of
energy—primarily fossil hydrocarbons—that fuel the
manufacture of other GHG emissions-intensive classes
of structural material.
As a means of tracking the potential flow of carbon
from forests into dense cityscapes, the Timber City
model employs a prototypical module of structural mass
timber assembly, assessing its wood content, its
molecular carbon storage capacity, and the demands its
extraction places on the source forests from which it is
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drawn. It then applies that module of assembly and
assessment to a mid-rise (6-12 story) city district in New
Haven, Connecticut, using a hypothetical structural
typology that includes a range of urban building
morphologies typical to the post-industrial cities of the
northeastern United States. Finally, it proposes a
computational tool that calculates potential urban
building densities while quantifying their carbon
sequestration capacity, identifying suitable regional
forest and industrial supply chains while calculating the
emissions avoided in the substitution of structural
biomass for mineral based building materials. By
extrapolating the structural module and its sequestered
atmospheric carbon beyond the limitations of the
individual building to the larger scale of the city district,
the Timber City initiative models both an
interdisciplinary platform for research and development
and a vertically integrated supply chain that steers
carbon from the forest to the city, sequestering it in
durable structural materials rather than allowing it to offgas as industrial emissions.

2 OVERVIEW OF RELATED
RESEARCH
2.1 Global Urbanization and Building Material
Consumption
Humanity has officially entered the urban age. 3 For the
first time in history, a majority of the world’s population
now lives in cities and demographic projections
anticipate even further dramatic increases in the
urbanization of the planet. Based on current urban
morphologies, land-use patterns, and construction
practices, urban land areas would need to triple their
2000 footprint in order to accommodate projected urban
global population growth by 2030. 4 As urban land area
increases, there will be a corresponding increase in
physical infrastructure-- the homes, offices, buildings,
and roadways that form the contemporary city—and the
demand for material required to construct that expanding
physical realm will climb accordingly. By 2030, the
OECD predicts steel demand will increase from 1,537
million tons to nearly 2,000 million tons, 5 while the
demand for concrete will increase from 1 billion tonnes
in 1990 to nearly 5 billion tonnes in 2030. 6 In light of
this dramatic demographic shift and the significant
increase in land-, energy- and resource consumption that
it will entail, it is critical that we reconsider both the
spatial morphologies of human settlement and the
industrial materials and methods with which we build
them.
2.2 Re-forming Human Settlement: Current
Impacts
On a continent as timber rich as North America, it is not
only a conceptual irony but also a significant
environmental hazard that wood—a renewable material
with demonstrably low extraction impacts and
processing emissions and energy demands—has been
used almost exclusively to construct the land-,

infrastructure-, and energy-intensive sprawl of suburbia. 7
Meanwhile, the structurally demanding building
morphologies of dense, higher rise cities, with their
relatively efficient use of surface area, space, and
infrastructure, are generated from a class of structural
materials with a large carbon footprint. 8 Throughout
relatively recent building history, but in an accelerating
trend over the past century, architects and engineers
achieved significant advances in building technology
through the development and deployment of increasingly
complex material systems that relied on the combustion
or chemical transformation of fossil hydrocarbons for
their manufacture. Concrete, steel, glass, aluminum, and
then plastic and carbon fiber composites—each
representing a refinement in industrial engineering and
processing— have produced buildings that were everstronger, taller, and safer than their predecessors. Yet
this technological revolution and the succession of
advanced building assemblies that has followed in its
wake has also coincided with the near exhaustion of
finite material resources and the poisoning of the
planet’s atmosphere, water, and soils. Today, the annual
contribution of the building sector to global
anthropogenic carbon emissions represents well over a
third of mankind’s annual carbon footprint. 9
2.3 Offsetting the Construction Carbon Spike
Until recently, efforts to reduce the global environmental
impacts of the building sector have focused largely on
operational efficiencies and putative benefits that would
accrue over a building’s service life.
Embodied or
direct energies and emissions of building production
were considered to be relatively insignificant in
comparison to the voracious energy consumption of
poorly insulated building envelopes and inefficient
mechanical systems. 10 Although concerns focused on
building operational energy performance led to a series
of important refinements in contemporary building
assemblies,
their
technological
and
material
intensification has had the unintended side effect of
exacerbating the sharp spike in carbon emissions
associated with the construction phase of a building’s
life cycle. 11 In light of recent efforts to mitigate sudden
steep increases in atmospheric carbon concentrations,
this up-front expenditure of CO2 in the material
processing and construction phase of a building’s
lifetime will likely prove to be a flawed material
investment strategy. By using energy- and emissions
intensive classes of primary structural material we
compound the impacts to a planet already experiencing
the dramatic effects of anthropogenic climate change.
Mass timber construction techniques offer a means to
reverse those effects while providing material capable of
building the cities mankind will need in the near future.
2.4 Broad-scale Benefits of Mass Timber
Construction
The comparative merits of mass timber relating to its
light weight, workability and rapid assembly, ductility
and seismic performance, hygroscopic moderation of
indoor air quality, low density and thermal performance,
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and fire resistance have been elsewhere thoroughly
articulated. 12 But by specifically isolating its potential
role in mitigating anthropogenic greenhouse gas
emissions, we better understand it as a powerful
environmental tool and as an antidote to detrimental
patterns of building material consumption. Reduced
material processing emissions, the photosynthetic
absorption of CO2 in the cyclical regrowth of harvested
forests, and the sequestration of carbon bound-up in
harvested wood products are compounding benefits
when applied at increasing scales.
According to researchers at the University of
Canterbury, a mid-rise, steel or concrete building
contains approximately 1,500 tonnes of net embodied
CO2 emissions, whereas the same building constructed
of mass timber has a net sequestration 610 tonnes CO2, 13
making the timber construction net carbon positive
before the building is even operational. The 2,100
tonnes difference between the two material assembly
systems does not include emissions avoided in the
substitution of timber, nor the CO2 absorption associated
with the regrowth of replacement forests, but it entirely
offsets the initial carbon spike of the construction phase
of the non-timber buildings the researchers modelled.
2.5 Density Matters
In its current predominant allocation as the light
structural material of low-rise housing, wood’s capacity
to sequester carbon comes at the significant cost of land
area and attenuated infrastructural networks.
The
destructive impacts and costly material demands of
suburbanization and the transportation and energy
systems upon which it depends are well-known. The
consumption of greenfield area has direct impacts on the
ecosystem and the services it might otherwise provide:
the disruption of hydrologic systems through the
concentration of storm water in hard-piped drainage
systems and the resulting diminishment of natural water
filtration, the loss of habitat and the replacement of the
carbon absorbing biomass of forests and grasslands by
significantly weaker carbon sinks of lawns and gardens,
the expansion of the impervious surfaces of roadways
and parking areas and the attendant microclimatic effects
of urban heat islands. By purely arithmetic comparison,
a ten story multifamily residential building structured in
laminated timber products, a height which currently
exceeds the limits of the International Building Code,
would sequester 17,567 tonnes of CO2 per hectare;14
while the light framed Type 5 wood constructed building
currently allowed by American building regulation, at
maximum allowable height of five stories and credible
zoning density could store 6,839 tonnes of CO2 per
hectare; the average suburban single family house, the
current repository of American structural wood products,
holds only 751 tonnes of CO2 per hectare. 15 When the
carbon storage capacity of timber construction material
is considered beyond the boundary of the individual
building, it is clear that net benefits only accrue in the
context of increasing urban density.

Figure 1: Carbon, material and land use implications of
building morphologies and timber building systems
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2.6 Engineered Specificity and the Promise of
Structural Laminated Timber
Wood’s anisotropic behaviour, its natural heterogeneity,
the unpredictable defects of the raw material, and the
variation in the properties, processing requirements, and
performance characteristics of the fiber (dependent on
species as well as the solar exposure, soil, rainfall, and
the topography of the forest stand in which it grew) have
been timber's greatest disadvantage in a marketplace
demanding predictability and uniformity of high-strength
structural products. It has also proved a disincentive to
a building industry seeking economies of scale,
repetitive manufacturing procedures, and homogenous
raw material. But well-established analytical protocols
and industrial practices in mass timber manufacturing
may provide the seeds for a more tolerant and holistic
use of the structural materials available in the forest.
Ingrained in the technological processes of timber glue
lamination—whether for a length of engineered flooring
or a massive structural panel—is a set of wellestablished procedural steps designed to eliminate
defects, catalogue the wood fiber based on quality and
structural capacity, and distribute it efficiently within a
structural member. The sorting, grading, and re-sawing,
the removal of flaws (unsound knots or checks), and the
subsequent finger-jointing of small boards into longer,
structurally improved lamella allow the strongest and
highest-quality material found in a tree to be positioned
where it can do the most work within a structural layup.
Digital analysis and material optimization systems that
are increasingly industry standard can produce enormous
efficiencies in the use of the trees we cut. 16 They also
promise a more comprehensive approach to our forests
as a renewable resource, optimizing the use of a range of
species with lower structural values, and enabling
foresters to manage forest stands in ways that better
emulate natural growth. 17
2.7 Sustainable Forest Supply
Scientists have long understood the role of forest biomes
in maintaining the health and vitality of the biosphere—
in which humanity is included—yet the value of natural
systems has proven difficult to quantify. 18 Assessments
of natural ecosystems strike a balance between
measuring inherent environmental services (carbon
storage, water filtration, diverse habitats, genetic
material storage, timber and non-timber forest products,
tourism and recreation) and speculation on the economic
value of alternative uses for forest lands (agriculture,
livestock grazing, and human settlement). Within this
long-standing conflict between conservation and
development, commercial timber harvesting is often
associated with other extractive and destructive
industries, justified by the argument that truly
sustainable forestry management is difficult to achieve in
practice and uncompetitive as an economic enterprise. 19
Yet this cultural reticence to promote increased timber
harvesting due to fears of deforestation largely ignores
the realities of global forest stocks and the strategic
benefits of implementing widespread sustainable forest
management.

Current reports estimate the global consumption of
wood at an annual volume of 3.4 billion cubic meters.
Meanwhile, increased awareness of forest management
practices has encouraged retention of existing forests and
encouraged afforestation in developed countries,
resulting in a net annual forest growth rate between 6
and 17 billion cubic meters per year. 20 The 2.6 billion
cubic meters of unutilized wood fiber growth—based on
conservative global growth estimates—represent both an
oversupply of a natural resource commodity and an
enormous opportunity to integrate forest products into
global carbon markets, specifically through the
development of durable, industrially produced mass
timber structural members and the buildings they can
form. Unlike the vast majority of forest products that are
viewed as inexpensive at best and disposable at worst,
structural building materials are value-added products
that are integrated into large-scale projects intended to
stand the test of time.
Timber-based carbon sequestration operates as a
multiplier throughout the natural and built environment,
and in global carbon accounting. At the molecular level,
cellulose aggregates 1,500 glucose monosaccharide rings
into polysaccharide molecular structures containing
9,000 carbon atoms. Within the forest ecosystem,
carbon is sequestered throughout the morphology of
each tree—in the roots, the trunk, the branches, and the
leaves—but also within the soil biome that supports it. 21
As forestland is harvested and processed into primary
industrial products, waste materials are transformed into
carbon-sequestering biomass and recycled into processed
materials such as cellulose nanofiber and pulp. The
carbon storage half-life of manufactured forest products
ranges from three years for paper to 80 years in
traditional dimensional lumber, but the carbon benefits
of timber harvesting extend beyond consumer products
and back to the source forests. According to a 2005
study published by the Consortium for Research on
Renewable
Industrial
Materials
(CORRIM),
manipulating the frequency of sustainable timber
harvests significantly impacts the total carbon
sequestration potential of a forest system. 22 By
increasing the frequency of harvesting cycles from a
natural mortality rate of 120 years to a much more
intensive harvesting rate of 45 years, forests are able to
increase their life cycle total gross sequestration and
emission avoidance from approximately 225 metric tons
of carbon per hectare to nearly 280 metric tons of carbon
per hectare. 23 In addition to its carbon benefits, a 45year mosaic harvesting rotation—or “debt then
dividend” approach—produces a heterogeneous and
diverse array of habitats, preserving conservation forests
within each harvesting block while encouraging a range
of stand structures. 24 By distributing annual harvests
over a delineated regional landscape, and by deliberately
orchestrating harvest patterns to produce complex
compositions of forest stands, the single module of a
timber harvest can be multiplied to produce a landscape
that is healthy, bio-diverse, and resistant to perennial
natural disturbances of fire, disease, and infestation.
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Figure 2: Schematic 45-year mosaic harvesting pattern

3 TIMBER CASE STUDY: 9th Square
District, New Haven, CT
3.1 Urban Building Site and Source Landscape
While European architects and engineers have
accelerated their adoption of mass timber structural
systems over the past decade, their North American
counterparts have only recently begun to undertake
serious inquiries into the potential of mass timber
architectural assemblies as a replacement for steel and
concrete. Despite efforts to develop local manufacturing
capacity, orient forest management practices towards
producing structural timber, and nurture fledgling carbon
markets, the health and growth of the mass timber supply
chain is ultimately dependent on increased demand for
mass timber buildings.
An inner city district of New Haven, Connecticut, a
former coastal industrial center in New England—a five
state region of the Northeastern United States that
borders New York—serves as a prototypical urban
condition in which to test the carbon sequestration
capacity of the Timber City model. New Haven’s
network of underutilized buildings and empty lots within
a compact downtown core constitute the inventory of
sites for the introduction of an array of new mass timber
building types. Adjacent empty land slated for multistory development suggests greater opportunity for
further extrapolation of carbon benefits and regional
source forest capacity.
3.2 National and Regional Capacity
The extensive but underutilized forests of the region,
ranging from the spruce stands of Maine to the mixed
hardwood forests of central and southern New England
serve as potential material sources that offer a means to
revitalize a once thriving rural economy while reducing
the building industry’s carbon emissions and
environmental impacts. The different forest biomes of
the United States cover 766 million acres—one-third of
the entire country—sequestering nearly 17 billion tonnes
of carbon in their aboveground and belowground
biomass, according to metrics from the U.S.

Environmental Protection Agency and the U.S. Forest
Service. 25 Despite a robust forest products industry and
a strong demand for a wide range of forest products, the
United States has managed to sustain an annual net
growth of 4.5 billion cubic feet of timber, after
accounting for natural mortality and harvest volume. 26
Regionally, New England’s forests—particularly
those in Maine, Vermont, and New Hampshire—have
exhibited robust growth over the past century, with
recent annual net growth totals exceeding 350 million
cubic feet of softwood and hardwood timber. Translated
into mass timber structural components, this volume of
unutilized forest flux could produce 103,550 mid-rise
residential units, a volume of construction equivalent to
rebuilding every New Haven residence twice annually.
Due in part to conservation and afforestation efforts
by civic and non-profit organizations and to shifting
global supply chains for paper pulp—a major economic
driver for Maine’s forest industry in particular—the
volume of underutilized timber will likely increase in the
future. By introducing mass timber architectural
typologies into proximate urban centers, demand for
New England forest resources will not only increase to
absorb current excess capacity, but will encourage more
sustainable harvesting patterns and produce valuable,
carbon-sequestering forest products.
3.3 The Timber City Structural Module
The application of mass timber to specific urban contexts
will ultimately demand a range of more specific
architectural solutions, but for the purposes of this study
we have developed an adaptable and replicable structural
module constructed from mass timber assemblies. In
order to capitalize on the environmental and economic
benefits of mass timber construction—particularly
within a speculative carbon-based market—we have
designed and analyzed replicable timber assemblies that
maximize their capacity to sequester carbon while
remaining flexible, efficient, and readily adaptable to a
variety of site conditions. Each assembly incorporates
standardized mass timber elements that are available to
the North American building industry: glue-laminated
beams and columns, cross-laminated vertical panels,
nail-laminated decking panels, and cellulose insulation.
Intended to serve as a quantified example of mass
timber’s potential to be readily deployed into existing
cities, the basic architectural module is designed to
function as a prototypical infill or a freestanding building
within a dense urban context. The Timber City
architectural module features an 80’x24’ floor plate,
capable of accommodating both commercial and
residential tenants in a range of site configurations. The
plan is organized by a CLT spine that extends the entire
80’ length of the module. We have chosen to locate the
central 48’x8’ CLT core—consisting of egress stairs,
mechanical chases, and an elevator shaft—at the
centerpoint of the spine in order to maximize the
module’s shear capacity, though modifications can be
made in response to address site conditions.
Additionally, four 8’ wide CLT transverse shearwebs
span between the spine and the core, providing the
primary transverse shear resistance of the prototype. A
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network of glulam beams extend perpendicularly from
the core and spine, connecting to glulam columns along
the perimeter of the module. The beams support naillaminated timber (NLT) floor slabs, topped with
structural plywood sheathing in order to create a
diaphragm action.
The capacity for mass timber buildings to reach
heights exceeding 10 stories has received attention from
researchers, designers, and the media, but for the
purposes of this study we have developed an
architectural module that extends 8 stories, featuring a
19’-10” ground level floor-to-floor height and 11’-1”
floor-to-floor heights for the upper 7 stories. The
module was designed to function both as a freestanding
building and as a unit within a larger spatial aggregation,
with an optimized construction sequence originating at
the module’s core. Constructed from a series of
vertically-oriented CLT panels, the core reaches a total
height of 107’-0” and provides the primary structural
rigidity to the entire module.
3.4 Structural Analysis
In order to determine the specific lateral load capacity of
the module, the spine, core, and shearwebs were
modelled in Visual Analysis 12 (VA) as “plate” elements
and given the stiffness properties of Eastern White Pine
(E = 1.1x106 psi). The spine was modelled as a plate
element of thickness 5.5”, and the other elements were
modelled at 6.875” thickness. Floor slabs were also
modelled as “plate” elements and given a thickness of
7.25” and stiffness of #2 SPF lumber. In modelling the
core CLT walls, the modelled thickness was set to the
aggregate thickness of all the longitudinal layers (e.g. a
7-lam CLT has 4 longitudinal layers @ 1.375” thick or
5.5” of total thickness in the longitudinal direction).
The spacing of structural beams and columns
transverse to the CLT spine was set to 16’ on center.
This resulted in a 20’ beam span for beams carrying 16’
of tributary width, and a 24’ span for the end beams,
carrying 8’ of tributary width. Floor slabs were set to
span 16’ from beam to beam through one-way action.
Beams were assumed to be a glue laminated timber with
E = 1.8 1x106 psi and aFb =2400 psi. A two-hour fire
rating was desired, and calculations for the beams and
NLT panels were performed according to American
Wood Council Technical Report No. 10 and Chapter 16
of the National Design Specification for Wood
Construction 2015. CLT panels were assumed to be
encased in gypsum wall board to obtain their fire ratings,
but it is possible that the spine would be able to achieve
the desired fire rating by increasing the panel thickness
by 2 laminations. Variations from this base model might
be employed for better structural performance, including
the change of the floor system from NLT panels to glue
laminated (lumber or strand) or CLT panels.
Additionally, composite concrete/timber floor systems
could be employed to make the floors stiffer and more
comfortable to the occupants.
After conducting a fire analysis, beam sizes were set
to 12” wide x 24” deep for the 24’ span, 12”x20” for the
20’ span. The edge beam away from the CLT spine was
set to 10”x24”, and the edge beams against the CLT

Figure 3: Structural analysis of wind and gravity loading on
prototypical mass timber architectural module

spine was set to 5” x 15”. Edge beams on the building
side away from the spine were modelled as continuous
over top of the columns, so each 80’ run is made from a
48’ and a 32’ beam. The location of this beam splice
alternates from the 3rd to the 4th column at each floor
level. Columns vary in section, with the first floor
having 16” square columns, floors 2-4 have 14” square,
and floors 5-8 having 12” square columns.
In sum, the total quantity of various timber
assemblies within this module weighs a combined
394,519 kg, resulting in a gross CO2 sequestration
volume of 722 tonnes. By applying the embodied
carbon ratios for each timber assembly as provided by
Circular Ecology’s ICE Database, the net sequestered
volume of CO2 in the Timber City module amounts to
374 tonnes, with each level of the eight story structure
responsible for a net sequestration of approximately 46.9
tonnes of CO2. As these quantities reflect cradle-to-gate
take-offs based on the ICE Database, further research
into manufacturing sites and forest sources proximate to
each module’s specific construction site would yield a
more accurate quantity of carbon actually sequestered.
3.5 The Timber City Typology Deployed
The Timber City development model seeks to leverage
the role of mass timber structural systems as a carbonsequestering multiplier within the natural and built
environment. Rather than developing bespoke
architectural solutions for specific lots, the Timber City
model strategically deploys mid-rise, mass timber
buildings throughout an existing city in order to create a
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critical mass of carbon-sequestration within the urban
fabric.
As the proposed site for the deployment of mass
timber buildings, New Haven’s downtown Ninth Square
district is zoned for business and commercial uses, with
a relatively dense FAR of 6.0. By adapting the Timber
City architectural module to the city’s existing lot
distribution and zoning regulations, the total deployment
area of timber buildings covers 13,000 square meters of
land and creates 82,950 square meters of occupiable
building floor space. Constructed from 44,500 cubic
meters of mass timber, the proposed buildings in the
Ninth Square would sequester 34,000 tonnes CO2,
equivalent to removing 7,700 passenger vehicles from
the road for one year. Furthermore, the benefits of mass
timber buildings have a multiplier effect when
considering the implications of increased sustainable
harvesting practices in regional forests.
The Timber City model proposes a 45-year
rotational mosaic harvesting pattern that creates a
heterogeneous collection of wildlife habitats and
permanently preserves stands of forest within each
harvesting plot.
Under conventional harvesting
practices, the Ninth Square mass timber buildings would
require a single clear-cut of 542 hectares of Northeast
Spruce-Fir forests, but if considered sustainably—with
land set aside for a 45-year rotational harvest—32,520
hectares would be required to produce that volume of
timber buildings in a single year. 27 The larger tract of
land however, would be capable of producing the same
volume of timber each year indefinitely, while
encouraging a range of forest stand types and correlated
biodiversity. 28 Using the volume of timber buildings in
New Haven’s Ninth Square as a baseline consumption
demand, the secondary forest carbon uptake of a
sustainably managed forest would amount to an initial
first year increase of 755 tonnes CO2 beyond the forest’s
natural carrying capacity, an increased sequestration rate
that would remain constant for the 45-year rotation
schedule, at which point the forest will have regrown the
entire volume of harvested timber. 29
More immediately, mass timber buildings avoid
significant greenhouse gas emissions associated with
concrete and steel construction. Using the University of
Canterbury study as a base comparative metric, New
Haven’s Ninth Square timber infill buildings would
avoid emitting a net volume of 83,070 tonnes CO2,
equivalent to the annual emissions of 18,800 passenger
vehicles. Combined with the carbon sequestered within
the buildings’ structural timber, a timber infill strategy
for the Ninth Square would offset the average annual
vehicle emissions for 26,500 passenger vehicles. With
465 residential units, the nearly 1,200 inhabitants of New
Haven’s Timber City would effectively be able to drive
emissions-free for 22 years.

4 SOFTWARE SYSTEMS
Figure 4: Variable aggregations of a prototypical mass timber
architectural module throughout an existing city

The Timber City model integrates natural resources,
industrial supply chains, design professions, and
development armatures into a streamlined, efficient, and
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agile organization capable of deploying mass timber
buildings into complex urban environments. In order to
more effectively communicate the potential of mass
timber to affect the balance of global carbon distribution,
we are in the process of developing an ancillary Timber
City software application capable of calculating and
visualizing the benefits and ramifications of developing
mass timber cities. Designed for a primary audience of
architects, engineers, planners, and developers, the
application will integrate municipal geospatial data with
mass timber structural typologies in an effort to
demonstrate the carbon, urban, and architectural
implications of mid-rise, mass timber buildings.

municipal GIS data to overlay required setbacks, height
limitations, and easements. Once the application
determines the buildable lot area, the user will select a
desired programmatic mix, FAR ratio, and associated
structural scheme from a schematically engineered set of
mass timber systems. Based on the structural data,
selected program ratios, and site conditions, the
application will utilize a custom-built Grasshopper
algorithmic modelling component to generate a set of
possible massing options in McNeel Rhinoceros,
accompanied by summary reports detailing each option’s
impacts on carbon sequestration, regional jobs, and
source forests.
By creating explicit and reciprocal connections
between a building’s design and its potential
environmental and economic impacts, the Timber City
application will allow architects to quickly articulate the
range of benefits offered by mass timber
buildings. Additionally, given the applications’ intuitive
and dynamic interface, policy makers and developers can
analyze the implications of deploying mass timber
buildings throughout existing cities. As the proposed
scale and density of mass timber buildings increase, the
application will be able to visualize and demonstrate the
multiplier effect of timber to simultaneously sequester a
critical mass of carbon and to produce convivial,
liveable, and healthy urban centers.

5 CONCLUSION
5.1 Carbon Econometrics

Figure 5: Schematic application interface

Intended to serve as a complement to existing, more
comprehensive design programs, the Timber City
application will be robust, intuitive, and readily
integrated into a variety of industry-standard software
platforms as an analytical module. While existing
modelling software prioritizes detailed simulations and
extensive prediction scenarios for developing sustainable
building solutions in response to certification regimes,
the Timber City application focuses on early design
decisions that have dramatic impacts on the carbon
implications of the proposed building’s material, form,
and spatial distribution. The user will input a selected lot
or site, and the application will reference available

The current production of our urban environment
consumes finite resources of global energy and material
while irreversibly transforming the surfaces of the
earth. That footprint, both metaphorical and literal, will
increase well beyond sustainable limits in the next half
century. In light of mounting evidence of sharply
accelerating global climate change and demographic
projections of a tripling of urban population, the idea that
by building densely with cellulose fiber we might exploit
this massive need for new building to help offset carbon
emissions rather than exacerbate them holds real
potential. Profound ecological and environmental
synergies between the forest and the dense city begin to
emerge in the face of recent research in building life
cycle impacts, forest science and carbon accounting, and
mass timber engineering and production technology.
The current low financial cost of fossil fuels that
indirectly subsidizes steel and concrete processing and
transport make an economic value proposition for midrise urban timber construction somewhat challenging in
the market of high strength structural products.
However, if carbon emissions and extraction impacts are
monetized through regulatory protocols governing
common resources or through economic instruments like
a carbon tax or cap and trade regime, then the economic
benefits of an intensified and urbanized demand on the
timber supply chain will begin to balance its arguably
significant environmental value.
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5.2 Forest Preservation: Past Abuses; Future
Challenges
It is important to state emphatically that this compilation
of data should be by no means understood as unfettered
advocacy for the indiscriminate harvesting of all global
forest biomes. On the contrary, each forest stand within a
forest must be closely analyzed for the import and value
of the non-commercial ecosystem services it provides as
well as for the risk that even sustainable harvest and
silvacultural management might pose. 30 The crude
economic calculus that underlies unregulated, predatory
and destructive commercial forestry practices seeks
either to homogenize wood fiber (as with pulp) or
unnaturally select trees of high financial—and often
great biological—value for isolated removal with
significant immediate damage and long-term biological
impact to the surrounding forest. The intense and
imbalanced market demands that sponsor more
destructive extraction methods are today giving way to
opportunities and techniques that seek economic
advantage in wood’s broad applicability and
renewability, rather than in its homogeneity or in the
aesthetic appeal of a particularly prized piece of wood.
Forest harvests must reflect the nuance of biodiversity
and habitat as they relate to forest stand dynamics and
forest soil protection and they must balance the value of
forest ecology against the material and energy demands
of the construction sector. The preservation of large
areas of historically diverse forests must be achieved by
the expansion and the efficient utilization of new and
secondary forest land.
5.3 Re-Structuring of Building Practice, Regulation,
and Policy
In light of both these challenges and opportunities, and
in the face of environmental impacts of mineral and
fossil hydrocarbon-based structural alternatives, the
broad redeployment of wood as the new highperformance construction material for dense, mid- and
high-rise urban building may offer a credible approach to
the building and infrastructural demands of projected
global urbanization. The development of innovative
industrial mass timber techniques, products, and
assemblies, and their application to larger urban
buildings, has recently captured the attention of
engineers, architects, forest scientists, environmental
advocates, and, most recently, building regulators, real
estate developers and city administrators. The relaxation
and in some cases elimination of height restrictions for
wood buildings in several countries, and the adoption of
mass timber structural assemblies by many country’s
building codes, has prompted increasing investment in
large scale timber buildings in cities in North American,
Europe, and Oceania. These technical and political
developments herald a shift from material consumption
patterns and building practices that have dominated
urban construction and building typologies for well over
a century and that today we must understand as entailing
great environmental risk. Instead of utilizing steel or
concrete, the architecture of the future city might be
harvested from trees.

Figure 6: Proposed material flow and land-use impacts when
transferring forest biomass to urban environments
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Development of a light weight flat pack timber wall and floor panel for housing
and small scale structures in remote locations where there is no conventional
construction industry.

Patrick Beale AA Dipl. RAIA. : Harry Reynoldson. B.EnvDes. M.Arch.
ABSTRACT: Regional Australia has experienced a population exodus similar to other industrialised economies over
the past 25 years. That exodus has stripped many rural towns of both population and service industry skills. As the
population exodus begins to reverse so the demand for metropolitan quality housing and work spaces has become
established. This paper will present the design and development of a flat pack multi-purpose timber panel system
developed specifically to meet this need, and will present two case studies in detail, examining the successes, failures
and opportunities for further development of the prototype.
KEYWORDS: Flat Pack: Structural Timber Panel: Lightweight Construction: Prefabrication: Cost Effective.

1 INTRODUCTION 123
Regional Australia has experienced a population exodus
similar to other industrialised economies over the past 25
years. That exodus has stripped many rural towns of both
population and service industry skills. As the population
exodus begins to reverse as rural primary industry
diversifies from farming only to a resource minerals and
farming based economy, and as retiring baby boomers
seek a ‘tree change’ and begin to return to the country to
live, so the demand for metropolitan quality housing and
work spaces has become established. In rural Western
Australia the only way to meet this demand is from
builders based in the Perth metropolitan area and from
the handful of other substantial regional centres.
Premiums of up to 50% over metropolitan building costs
are not uncommon for projects built in remote and
regional locations more than 100kms from these centres.
To understand the impact of what is being discussed here
there is some context that must be made clear. Western
Australia comprises approximately one third of the
Australian continental land mass at over 2.5 million
Square Kilometres. That is about the same area as
Western Europe but Western Australia has only 2.6
million inhabitants, most of whom [2.2 million] live in
1
Patrick Beale, AA Dipl. RAIA. Director, Advanced Timber
Concepts Studio-ATC. Discipline Chair, Architecture. Faculty
of Architecture Landscape and Visual Arts. The University of
Western Australia. Email:patrick.beale@uwa.edu.au
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Harry Reynoldson Benv.Des. March.Research Associate,
Advanced Timber Concepts Studio. Faculty of Architecture
Landscape and Visual Arts. The University of Western
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the Capital city, Perth in the south west of the state. It is
over 2.5 thousand kilometres from North to South, and
1.5 thousand kilometres from east to west. While the
population is concentrated in the south west of the state
in a relatively hospitable Mediterranean climate zone,
there remain large parts of the state where farming,
mineral extraction and the typical service industries of a
modern state are supported. Farming communities from
the North West fruit growers to the Midwest wheat and
sheep farmers and the South West wine, vegetable and
forestry communities find that a substantial premium
must be paid for all services, including building services.
In the building industry, these cost premiums apply to
conventionally designed and built houses – that is a
‘custom’ designed and built house typical of the
contemporary Australian vernacular [Custom here means
minor adjustments to a series of plan types offered by the
building industry]. The alternative to these customised
houses is a ‘transportable’ unit, more typically known
outside Australia as a mobile home. These
‘transportables’ are directed primarily at deployment in
the mining camps as single person quarters where each
unit is divided into multiple single bed cubicles, with a
limited designed life. Western Australia is a mining
resource state and the economy of the state is driven by
the fortunes and failures of this industry sector and of the
agricultural sector. Mining camps, accommodating
several hundred ‘fly in fly out’ 4 workers have become a
typical feature of remote regional Australia.
4

There are financial advantages for mining companies to fly
their workers in and out of the mining camps on two to four
week rotations. These workers will typically live in one of the
metropolitan centres [Perth, Melbourne, Brisbane etc.], only
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.The Project
In 2009 at the invitation of one of the rural shires 5 that
was to host two new mines within its land area, we
began working on possible solutions to this issue. The
shire was keen to profit from the economic traffic
generated by the construction and operation of these
mines within their borders. Typical of the upper Midwest
region, the shire population and economic base had been
dwindling for the previous 20 years and by 2006 the
population had reduced to just 528 6 people. By 2011 it
had recovered to 924 people3. We initially ran the
project at the University of Western Australia Faculty of
Architecture Landscape and Visual Arts as a design
studio problem with Masters level Architecture students.
The problem required the students to research through
design the advantages and disadvantages, construction
processes and costs of both flat pack solutions and
modular solutions. This process enabled a thorough
working through of the options and variables as well as
the community aspirations for these dwellings. As it
evolved, the scope of the project was substantially
broader than just providing an economic solution to a
high cost housing problem. The issues that emerged over
the course of our project included the desire on the part
of owners to upgrade building stock that had been
allowed to fall into disrepair and no longer met the
aspirations of modern families and lifestyles. There was
a need for multiple applications from design upgrades in
the community to the housing type and housing
provision that we were originally asked to examine – the
provision of two and four bedroom ‘metropolitan’
quality climate appropriate houses. ‘Metropolitan’
quality here means a building and services quality
equivalent to or better than that found in metropolitan
Perth, where most of the potential internal migrants
would come from.
This process allowed us to not only consult extensively
with the community but also to gain an understanding of
the full scope of the project and the very real issues that
are faced when building and maintaining building stock
in these remote locations.
There is very little high level knowledge that can stand
in for local knowledge when working in remote and rural
locations. One of the things that become evident very
early on when working with a community like this
particular shire is that ‘High Tech’ building solutions are
not a good idea unless thoroughly tested and are of the
highest quality materials and workmanship. This is
because most high tech building solutions require highly
skilled personnel to carry out construction, maintenance
and repair operations – and these skills are simply not
available in rural and remote areas. The result is that the
maintenance or repair is expensive and in these remote
areas it does not happen and the building deteriorates
travelling as singles [men or women] to the mine for their
swing shift.
5
The ‘Shire’ is the administrative district sub-division in rural
Western Australia.
6
Australian Bureau of Statistics. Table 3218.0 regional
Population growth. 2014

rapidly. This is typical of generously State funded
community facilities as well as private property.
With the exodus of population there was a parallel skills
exodus that generally has not been replaced as the
population has begun to be restored to levels known 2030 years ago. New skills have arrived but they are
directed at the industrial activity that is drawing people
back: mining and infrastructure maintenance. Riggers
abound but plumbers and electricians are thin on the
ground and bricklayers are absent!
The choice of materials and products is thus of
paramount importance both from a durability point of
view and a building lifecycle cost and maintenance point
of view. The harsh environment is not suited to all
materials and to all components. An example that
illustrates both of the above points is in a type of
window we specified in a similar project; looking for a
high performance window set we specified an extruded
fibreglass product that had very low u values at a time
when the market in Australia for high performance
joinery was in its infancy. These windows did indeed
perform well thermally but within the defects liability
period [12 months] a number of issues presented
themselves. The raising and lowering mechanisms were
reported as jamming regularly, which led people to exert
extra force on them to shift them at which point the
mechanisms failed. Upon investigation is became clear
that the reason they were jamming was that the very fine
red dust that is always in the air in this part of the
country, was infiltrating the mechanisms , hardening
with condensation and preventing the mechanism from
working smoothly. It was also noted that the frames
appeared to have a fine crazing on them, it transpired
that the crate they had been shipped in had been dropped
and hairline cracks had developed in some of the
members which were only visible when this fine dust
lodged in them. When once recognised these problems
are easily dealt with in the same way that 100 year
floods and other charted natural hazards are dealt with.
This particular problem was only made evident through
the unfortunate failure of a component that was
vulnerable to those environmental conditions. The
condition itself was well known to the locals but the
unfortunate consequences in this case were unexpected.
The windows have all had to be replaced.
Local environmental hazards notwithstanding, the two
overriding conditions that needed to be dealt with
positively through design in this region were climatic.
Long hot summers with temperatures in the 35Ocelsius to
45o/50ocelsius range and extreme solar exposure are
demanding on both the building fabric, and on the design
of buildings. Commensurate with the very hot summers,
the winter temperatures can drop to -10ocelsius at night
giving a 60oC temperature range. Rainfall pattern also
poses particular problems. Rainfall has dropped
dramatically in this part of the country over the past
decade in the order of 25% averaged over the period,
from over 400 mm to 300mm annually 7. As far as
7

Bureau of Meteorology:
http://www.bom.gov.au/jsp/ncc/climate_averages/decadalrainfall/index.jsp?maptype=1&period=7180&product=totals
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buildings are concerned the issue here is that the rain
falls in a concentrated period with typically high
volumes per hour, testing the best roofing and sealing
arrangements.
These conditions confirmed for us that lightweight
building systems were appropriate for this region
climatically as the need to purge heat accumulated
during the day, at night was more significant than the
need to maintain an even temperature passively during
the winter months. The other advantage of lightweight
systems is the relative ease with which they can be
transported in large components or as whole modules.
The study we carried out with the faculty of architecture
evaluated modular, conventional stick framed, post and
beam and panel constructions.
Any system that was proposed would need to allow for
the transfer of as much of the labour component of the
build as possible to the metropolitan centres so that high
cost and skilled work could be carried out where the
skills were. This would be done in factory conditions
where there is the added bonus of a more effective
quality control. The components would then be shipped
to site and erected or installed in a shorter time frame
than a conventional build would allow.
In a context where a variety of different levels of
performance are required from a building system [from
small additions to new buildings] for a range of domestic
and commercial functions, the lack of flexibility of a
modular system is problematic. The industry in Australia
is well set up to deal with the standard /modular home
relying on the technology of the mining camp housing.
However these long thin modules do not lend themselves
easily to adapting to existing buildings and mature
environments. A smaller module is potentially better
suited to the range of requirements currently identified in
the regions. A module such as that shown in figure 01
can fit on a standard flatbed truck or several can fit onto
a low loader.

Figure 01-1 Module [2.4 X 6.5m] being off loaded for
Ridgefield House

Figures 01 - 2. Modular house ‘Ridgefield’ completed

These modules offer more flexibility in design but they
also require more preparation [bracing] before they can
be shipped as they must be structured to withstand the
equivalent of a category 1 cyclone with winds of 110
kilometres per hour during their journey to site! A panel
system offers the maximum flexibility in design and in
construction processes, but does not readily allow for as
much work to be transferred to prefabrication as the fully
modular processes would do. Figure 02 is an initial
prototype with wall panels erected and roof on the truck.

Figure 02: PJ1. original hybrid prototype

.

1.1 THE PANEL
When we were asked to take up the project
professionally in 2011 we proposed using a mixed
system where the ‘wet’ modules [bathroom, laundry,
kitchen] are constructed and fully finished in factory
conditions and the rest of the house is assembled from a
flat packing panel system. While this panel system
would require a relatively high degree of local finishing
it offered the highest level of flexibility in design and
also could be manufactured from typically well
understood materials [timber and plywood] and yet
would not require conventional building trade skills to
assemble.
Design studies indicated that we could achieve the
outcomes we were seeking with a panel system
comprising two widths – 600m and 1200mm
corresponding to the standard size of most sheeting
products, but with variable lengths from 2400 to 3600 or
up to 7500mm. With this range of panel sizes we could
manage both wall and floor structural components
through the same construction and assembly system.
Rather than go through the time consuming process of
laying out each panel, cutting stud members and noggins
to length, setting them in a jig and nailing them together
we designed a press in which we could assemble
multiple panels at the same time using an adhesive fixing
process and curing the adhesive under pressure. The jig
is designed to take a panel of maximum width 1200mm
X 7500mm long. The armature steel is set out at 400mm
centres in the horizontal plane to simulate a
[conservative] joist and stick spacing regime. The centre
rails can be re-located to allow for the 600mm wide
panels and to offer some further design flexibility.
[Figure 03 and 04].
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Figure 03 Two sets of panels laid up in jig for pressing

Figure 04: panels stacked in warehouse

The jig can take up to a stack of 12 panels so that with
2400-3600 mm long panels, 24 can be made at one
‘pressing’. Laying up the panels, spreading the adhesive
and clamping down using the proprietary jig clamping
system is a two person job and will typically take 30 –
35 minutes per 12 panels. The adhesive used is a
resorcinol glue which has excellent performance in both
dry and humid conditions and is waterproof. It retains its
performance across a wide temperature band without
becoming either brittle or softening as epoxy adhesives
tend to do. 8 It cures in temperatures above 15ocelsuis and
is best used on timber that is dried to 12 % moisture
content. All timber in Western Australia is kiln dried to a
maximum of 12% moisture. It is noted in a lot of
publications that while resorcinol adhesives have the
capacity to adhere well to a wide variety resinous or oily
timber such as Oaks and Eucalypts, it has poor surface
penetration when spread. Clamping evenly therefore
becomes very important throughout the curing process.
The press is equipped with pneumatic pressure tubes that
sit over the steel armatures at the noted 400mm centres.
8
Resorcinol R 15 resin and RP51H Hardner. TDS from
Nightingale Supply, Hungerford St. Northgate
Queensland 4013

These tubes are inflated to 40 bar or about 400
kilopascals. Curing times are typically between 6 hours
at 25o C and 3.5 hours at 30oC. In practice, the panels are
left in the jig overnight, then lifted out and stockpiled
horizontally until required. The panels at 2.4 meters long
weigh about 45 kilograms and are thus safely handled by
two people. The panels would typically be assembled as
a platform frame type assembly in a one, two or three
floor construction in multiples of 2.4 meters or 2.7
meters. The capability to fabricate panels of up to 7.5
meters makes a balloon frame type panel system possible
or a ‘timber tilt-up’ system for industrial or commercial
spaces using up to the full 7.5 meter capacity. Floor
panels or cassettes up to 7.5 meter length allow for a
single bearer to bearer substructure where structurally
appropriate, making significant economies on the costs
of the substructure of some buildings.
The panels, as wall panels, sit over a sill plate and are
fixed directly to it by fixing through the plywood
sheathing. To enable this, the studs are cut 125mm
shorter than the length of the sheathing panel. When they
are laid up in the glue press, the studs are set 80mm from
top of the sheet and a 90X35mm top plate is inserted and
leaving space for the locking top plate to be fitted. At the
bottom of the sheathing the studs are set 45mm in from
the bottom of the sheathing to allow for fitting over the
sill plate. [figures 08 and 09].
Insulation materials are inserted after the panels are
constructed and prior to beign shipped to site. Felted
sheep wool 45mm thick with an R value of 2.8 was used
in this instance for ecological reasons but a high density
polyisocyanurate panel could also be used between studs
or as an outer sheathing layer, budgets permitting. The
insulation was bonded to the outer leaf of the panel to
leave room for cabling services to be installed in the
usual way in the inner half of the cavity. All main
electrical circuits were run in the roof void and down the
wall cavity.
Figure 07 shows the plan configuration for the PJ2
prototype project, with the panels colour coded. Each
panel type has two versions, one for wall linear assembly
and one for corner assembly. The blue panels are
1200mm wide in line panels and the red are the 1090
[ex1200] corner panels. The yellow panels are the
600mm end panels. Floor panels or ‘cassettes’ are not
shown on this drawing but were fabricated in two
lengths of 5.4 m and 3.6m. placed over three bearer rows
to take account of the plan configuration. The building is
9 meters wide at its widest point excluding the exterior
decks. The cassette panels are not suitable for deck
construction and thus the decks are treated as separate
assemblies.
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1.2
ASSEMBLY
PROTOTYPE PJ2

PROCESS:

DETAILS:

Yellow

Blue

Red
Figure 06-1’Wet’ modules on deck

Figure 06-2 Wet modules in factory

Figures 06-1&2 show the second stage of the
construction assembly process. First stage is the setting
up of the three bearer rows and the insertion of the three
dimensional fully finished ‘wet’ modules. These are
fabricated from a local structural insulated panel
product 9. This panel is a polystyrene core sandwiched
between two layers of Oriented Strand Board. It is
lightweight and rigid and thus is ideal for transportation
as a complete assembly. These units were transported in
a standard flatbed truck and lifted into position by
forklift. These three dimensional modules then act as
structural cores for the assembly of the wall panels until
the locking top plates can be dropped in and secured.

Figure 07-2: Plan of PJ2 showing panel layout colour coded

Figure 07-1 Finished house

9

SIPS Industries, Fremantle. www.sipsindustries.com.au

WCTE 2016 e-book | 5627

Red

Blue

Figure 09: Plan at corner wall 1200 and 1090 panel junction

Figure 08-1: Wall panel/floor/cladding assembly

Figure 08-1 & 2 Shows the wall panel to floor assembly.
The 90X45mm sill plate is fixed directly to the floor
deck substrate of 19mm plywood. The wall panel is then
dropped over the sill plate and the plywood sheathing is
screwed directly to it. The drawing shows the system
complete with inner and outer finishes applied.

Figure 08-Wall to floor assembly

Figures 10; 1&2 and 11:1-3 show the junction at the top
of the wall with the roof truss system. The 90 X 45mm
top plate which locks the perimeter and the partition
panels together is dropped in on top of the 90 X 35mm
top rail which is already set into the panel when the
assembly is laid up for gluing. This section is taken at
the top of the wall to the living/Dining room. This room
has a 2.7 meter high ceiling where the rest of the house
ceilings are at 2.4m. All of the panels were constructed
at 2.4 meters and structurally ‘locked’ at that level. The
roof trusses were manufactured with a step in the
sections over the living area to lift the interior ceiling the
extra 300mm. Since the panels were ‘wall core’ rather
then finished panels, this height difference was taken up
easily in the interior wall finish cladding.

Figure 10-1:Wall to roof truss assembly: living room

Figure 09 [plan at corner wall 1200 and 1090]Shows
the configuration of the panel junction at an exterior
corner. To preserve the 1200mm grid on which the
building is laid out, the red panels are reduced to 1090
while the blue panels at each corner remain at full size.
The blue panels must be set down first in order for the
sheathing to be properly fixed to the sill plate. No other
special adjustments or fixings are required at deck level.

Figure 10:2: Wall to roof truss assembly: living room
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Figure 12: nailing patterns for ‘Shadowclad’
external cladding sheets over wall core panels

Figure 11:1-3. Wall top plate fitted and fixed in position.

The panel was conceived as a ‘core’ panel rather than as
a finished panel for a variety of reasons. Firstly if it was
to be a finished panel the whole system [bearers, floor
deck, walls, and roof] would have had to be fabricated
and installed with a much lower tolerance than the core
panel allows. We did not consider that the industry was
well enough capitalised to invest in production
equipment that would deliver this level of precision. A
very precise product, which necessarily requires the
whole context in which it is too be installed to reflect the
same level of precision is no good for less precisely
formed buildings. Since we had identified a good part of
the market for this panel to be retrofits to existing
buildings and alterations and additions, a fair degree of
tolerance was required. The core panel allows for this by
relying on custom fitting the interior and exterior
finishes of the panels. In the case of the PJ2 prototype an
exterior plywood product was used 10. The wall core was
first wrapped with a proprietary building wrap product
and then battened off over the studs vertically. The
Shadowclad sheets [1200X2745] were then nailed at
150mm centres at the perimeter of the sheets and at
300mm centres on the intermediate studs. The extra
length drew the cladding down over the floor cassette
and bearers. Internal cladding was a simple drywall sheet
[gypsum wall board] finished in the conventional
manner. The finished hardwood floor was the last major
element to be laid. Figures 12 & 14 show the nailing
pattern over the battened panels.

Figure 14: Wall Core erected and box beam lintels installed

Figures 15 & 16 show the method adopted for
installation of the lintels over the openings which were
gauged to the overall grid layout. The planted stud acts
as a bearer to the lintels and as the stile over which the
aluminium joinery is fitted. The lintels were made up as
box beams to the same dimension as the wall panels and
with the same space between the beam claddings to
allow for the continuous 90X45 top plate to be dropped
and fixed in place. Since the face of the lintels was in the
same plane as the wall panels, the Shadowclad was
simply trimmed around them in the conventional way.

Figure 15: Installation of lintels at doors and windows
10

Shadowclad: CarterHoltHarvey Woodproducts Australia.
http://www.shadowclad.com.au/shadowclad-range/
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building will not require any cutting. On the first
prototype the slight eccentricity in the window
configurations 11 meant that the external panel fixing was
not well coordinated with the wall panel configurations.
Figure 18 shows the plan of the upper level of the second
prototype building and figure 19 shows the north and
east elevations which illustrate the full panel exterior
cladding.

Figure 16: Installation of lintels at doors and windows

The main construction assembly of this project was
undertaken by personnel not conventionally trained in
the building industry, and certainly not trained
carpenters. Tradesmen were brought onto the site to
carry out the external cladding and the drywall flushing
and painting. The issues encountered during the
construction and assembly revolved around matters of
precision fabrication of the components of wall and floor
panels. A slight off square in the floor panels was
detected early on and rectified before the wall assembly
started, and some of the wall panels arrived on site
marginally off square. As a first prototype this was to be
expected and because the panels system was ‘core’
rather than finished, the mistakes were easily rectified.
[Figure 17]

Figure 17: All panels erected

.

1.3 PROTOTYPE TWO
We are currently engaged in the fabrication and
assembly of a second prototype, this time as a two story
building in metropolitan Perth. The building comprises a
single story section which is masonry with a two story
timber panel building that sits adjacent and over the
single story building. The two story building is designed
and will be constructed as a platform frame building;
that is the ground floor wall will be erected over a
concrete slab to the same detail as figure 08 above. The
first floor deck will then be installed and the second floor
walls will then be assembled on that deck and the roof
trusses lifted into place. The 1200mm grid has been
rigorously adhered to in this project so there are only the
two panel sizes [1200 and 1090. This has the biggest
impact on the external cladding process which in this

Figure 18: Plan of prototype two showing the 1200mm grid
projected onto the upper floor

Consideration was given to attempting to make the
panels for the second prototype finished on one side, but
the idea was set aside due to the range of tolerances that
are likely inherent in small scale building of this kind.
Further research needs to be made into how to allow for
making up tolerances between the site built elements and
the factory built elements for this particular construction
process.

11
This resulted from a change in the thermal performance code
that was initiated between the design stage and the issue of the
licence to build necessitating a reduction in the size of the
window areas.
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contemporary fabrication methods to the regions. The
industry must be pitched at a level that is compatible
with a market that is characterised by long distances and
a wide mix of building types and a developing and
diverse client base. In this sense it is in effect more
reflective of a modernised building industry than one
that is locked in a trades based artisan tradition that can
no longer deliver a good quality product at reasonable
cost. The potential of this panel is that it does this with a
low tech product that is easy to assemble and easy to
modify – it is effectively a timber framed building, and
is sympathetic to a wide range of aesthetic outcomes.

Figure 19: North and East elevations showing whole panel
layout

1.4
CONCLUSIONS:
THE
POTENTIAL
ECONOMIES OF THE WALL CORE PANEL
SYSTEM IN RURAL AND REMOTE ASUTRALIA.
The first prototype was constructed for the same cost as
the West Australian Government Housing Authority
allows for metropolitan build low cost housing. This
amounted to a turn-key cost of $395,000 [ex tax]for a
178 m2internal floor area four bed two bathroom house
which amounts to $2212m2 . With the gazetted uplift for
regional build the cost would have been 20% more or
$474,000 [ex tax]. In times of high activity in the
resource sector, this 20% uplift can go as high as 50%.
The economies in this building were able to be made in
two ways. Firstly by fabricating the ‘wet’ areas and fully
fitting them in factory conditions in Perth, meaning that
all the plumber and electrician needed to do on site was
connect them up to the incoming and outgoing services.
The big savings, which only really began to be fully
calculated in this project, are in the fabrication and speed
of the installation of the wall panels. As a first prototype,
carried out on a fixed price contract at bare minimum
rates there was little room to refine the system during the
process of the contract but it is clear that with a more
dimensionally precise method of manufacture of both
wall and floor panels the assembly would be quicker and
the work of the following trades [cladding, in whatever
material] would be more efficient. Attempting to make a
panel with one finished side becomes a possibility if the
precision of the panel fabrication is improved, and this
would certainly cut down more in site time. Of greater
significance however, is the potential for a building
system like this to transform rural and remote building in
Australia by taking the system to the larger regional
centres rather than assume that it must remain in Perth.
In such a context the fabrication and warehousing of
these components could take place during the months
when rural industries are busy, and the construction or
installation teams can be put together in slower times
and the buildings delivered and installed on site. This
might return a building industry that takes advantage of
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SYSTEM SOLUTIONS FOR POINT SUPPORTED WOODEN FLAT SLABS
Phili

in rl 1, Roland Mad r n r2, Mi ha l Fla h3

ABSTRACT: The challenge with point-supported flat slabs is the stress concentration at the supporting points. The small
strength of the wood perpendicular to the grain should not reduce the load carrying capacity of the CLT –Panels.
Therefore, there are some existing state of the art methods of reinforcement with self-tapping screws, which open up the
possibilities to increase the resistance of transverse pressure and rolling shear. These improvements are important, but not
sufficient for a breakthrough of flat slabs in wood. Additional solutions have to be combined with these methods. As a
result a building systems of economic interest for multi-storeyed buildings in a wood adequate flat slab building method
should be offered. A promising way to achieve the objectives provides the concept “SPIDER Connector” which is applied
for patent by the University of Innsbruck. Initial results show a local increase of the stiffness and improve the load carrying
capacity in the transition area between plate and support. Extensive studies are planned in course of a research project
that should check a sufficient capacity and serviceability of the system.
KEYWORDS: cross-laminated-timber, point-supported flat slab, multi-story wooden buildings, reinforcement,
connection system

1 INTRODUCTION 123
The rapid development in the use of plane elements such
as cross-laminated-timber (CLT) since the 1990s opens
entirely new areas of application for wooden
constructions. Large scaled plate- and wall structures can
now be carried out, similar to concrete constructions.
Today one-way CLT slabs are frequently used instead of
classic wooden beam constructions. The wooden slabs are
mostly carried by continuous supports like walls or
beams. Point-supported wooden slabs are only very
sporadic and limited to small column grids, otherwise the
loads in the introduction points are getting to high. Due to
the unfavorable ratio of stiffness to mass with wooden
slabs compared to concrete slabs there is a frequently
higher appearance of undesirable slab-vibrations.
In architectural concepts of building plans a flat ceiling
with the widest possible grid of columns is often required.
Therefore conventional wooden solutions become
complicated and inefficient.

Figure 1 oa - earing structure o the point supporte
stu ent resi ence in ancou er
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At the moment a worldwide competition in the matter of
multistoried buildings in wood is taking place. In
Vancouver a 18 stories residential home for students
(Figure 1) is arising and in Vienna the so called HoHo
(wooden skyscraper) with 24 stories is right before its
realization. A study in London even deals with the
feasibility of a 300 m „skyscraper“ in wood. This trend
indicates that wooden constructions are no longer
confined to single-family homes, but that in future larger
buildings are built with structural elements in wood. To
intensify the use of wood as a building material with the
largest CO2 - reduction potential, further solutions, which
can substitute energy-intensive building materials, must
be offered [2].

2 STATE OF SCIENTIFIC
KNOWLEDGE
As Cross Laminated Timber (CLT) is arranged of
orthogonally and glued together wooden board plies it
theoretically has two main structural directions. Currently
CLT is available on the market in widths of 1,25 m to 3,50
m and (almost) unlimited length. For these reasons,
usually a dominant load transfer direction is present and
can be calculated on dimensional panel strips. The
transverse layers in this case practically act as "distance"
for longitudinal layers - and must, however, transmit the
resulting shear forces.
Suitable models according to the Eurocode 5 for
dimensioning CLT with normal and bending loads are the
shear force analogy, the orthotropic plate and the girder
grid [14]. Figure 2 shows a simplification of the
distribution of normal-, bending- and shear stresses in
both main bearing directions.

Figure 2: stress istri ution in the longitu inal an trans ers
cross section

The arising stresses must be compared with the
corresponding strengths. Particular attention must be paid
to the rolling shear, since the rolling shear strength
compared to the strength in direction of the grain is small
[4]. In Figure 3 the rolling shear failure of the cross layers
is displayed.

fR,k….. rolling shear capacity, characteristic value
fv,k….. shear capacity, characteristic value
Figure 3: rolling shear ailure

charakteristic properties of a
single layer of CLT
plates

N/mm²
shear

f v,k

2,3

rolling shear

f r,k

0,7

Figure 4: shear an rolling shear properties

The characteristic values for shear in grain direction and
rolling shear according to ÖNORM EN 1995-1-1
Eurocode 5 is displayed in Figure 4.
Several works show that stress interactions that result
from a multi-axial load transfer (plate bearing effect) can
affect the rolling shear properties positively and allow an
increase in the strength [4,5,6,7]. More load carrying
capacity is generated through a 2D - load transfer [8,9].
As an additional problem location of point supported /
loaded CLT plates, the compressive strength
perpendicular to the grain must be mentioned. Despite an
increased strength of CLT compared to glulam (GLT) and
solid wood [10,11] the resistance perpenticular to the
grain is far from sufficient to transmit the column loads of
several floors through the plate without damage. Also
reinforcing measures with full-thread screws are not
efficient enough.
The Swiss scientists Boccadoro, Frangi and Zöllig 2013
presented first studies on the feasibility of flat slabs made
out of wood [12]. Therefore an attempt was made to
enable a 4-storey model house in wood construction
without beams. This research group has dealt primarily
with the use of beech veneer woods in the highest stress
areas of load application.
Figure 5 shows the test setup of a combined spruce-beech
plywood plate.
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Figure 5: test setup

rich

As preliminary result from the investigations it was clear:
„ ... due to the large cutting forces that occur in the joints,
the high forces can not be transmitted economically with
the help of conventional rod-shaped connecting means ...
Even with slotted plates and dowels the effort would be
excessively high. Therefore new connection systems
based on these requirements have to be explored." As it is
apparent from these quotations of Zöllig, no satisfactory
solutions have been developed at the ETH Zurich despite
these investigations.
Anyway, the participation of a total of three partners from
industry expressed “the strong interest in this design
principle” by the construction industry [12].
In addition to research and studies in Switzerland, 2011
Mestek already wrote his dissertation at the TU Munich
about the possibilities of shear reinforcement in point
supported CLT plates using fully threated, inclined
screws [5]. Thereby a simple statical dimensioning
concept has already been developed. At a critical section
the shear verification for both supporting directions (xand y-direction) has to be done. The rolling shear strength
of the middle layers is of dimensioning relevance in this
concept. The point support creates increased lateral
stresses at this section. Further reinforcement and
additional increase in the transverse compressive stress
generated by the screwed-in 45 ° fully-tapped screws,
which are designed as tie rods on a framework model. In
this concept, the rolling shear strength may be increased
by a maximum of 20% Figure 6.

Figure 6: eri ication o shear at the critical section

3 RE UIREMENTS
Based on the existing scientific work the subject point
supporting of flat slabs of wood was picked up at the
University of Innsbruck in concept developments. Ideas
for reinforcement of the high loaded areas emerged
associated with modular construction systems [13]. A
requirement profile for this connection means is shown in
Figure. 6
Requirements: Connection System for point supported flat slabs
ULS

SLS

n it

support grid
(5 - 6 m)

limitation of deflection

construction without beams
(volume - costs)

min. 3 wooden floors
(4-storey building)

limitation of floor vibrations

system solution with easy
calculation

assembling loads

sound insulation
between the floors

flexibility

vertical load bearing system

easy to mount / assemble

ductile / plastic behavior

adjustable hight
for common tolerances

resistance against fire

Figure 7: re uirements or the connection system

For the load carrying capacity of a prefabricated flat slab
there are two points of special interest. On one hand the
point of load introduction between column and plate and
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on the other hand the joint between the different plates.
To create performance specifications a 4-story residential
building with a free span between the columns of min. 5
m was chosen. For horizontal loads walls or staircasecores can be used as stiffening members. For the
Connection-System just the vertical loads are taken under
account. Also special loads during the assembling and the
resistance against fire are to consider. In case of a collapse
of the system plastic failure with advanced notice is
aspired. For reaching the limits of serviceability (SLS) –
deflection and floor vibrations – stiffness and mass are the
main factors of influence. Beside local stiffness mainly
the stiffness and mass of the whole floor-system is
important. Beside the mechanical properties, raising
requirements for sound insulation also have to be fulfilled.
The main advantages of the system with point supported
flat slabs is the high flexibility in the floor plan and a
simple adaption for future requirements. Many architects
and builder also decide to use this method because of the
smaller use of construction volume. Due to the no longer
necessary beams, the volume and the overall costs can be
reduced. Often esthetical requirements of a flat ceiling is
desired, and also the more easy way of installation is an
advantage.
Economic efficiency calculations were carried out to
compare the flat slab system with a plate and beam
system. Although it is necessary to use thicker plates for
the flat slab, the construction volume can be reduced
appreciable. If this construction method is used for a
building with 10 floors, and following the standards for
ceiling heights, one additional floor is possible within the
same height of the building.

Figure 8: comparison o lat sla

ith eam construction

4 STRUCTURAL SYSTEM
In the first step, the load bearing structure is simple. CLT
Plates with dimensions of 2,5 m width can be hoisted at
the columns. Therefore, the columns have to be spread
during the assembling process. The so-called belt-strip as
main load-bearing system runs continuously between the
columns. For reaching the requirements of 5 m of free
span, a secondary load-bearing system of 2,5 m width has
to be hang in between the two main plates. The main load
bearing direction of the so-called field-strip is orthogonal
to the belt-strip. A big challenge is to find a solution for
the transition between the two plates. Therefore the joint
is situated at a place where the bending moment has just
small values. Figure 9 shows how the different plates
could be assembled to a flat slab.

Figure 9: concept o assem ly an construction

At the places with red circles in Figure 9 (right) the load
introduction into the CLT plate is critical. There the
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“SPIDER Connector” can be mounted for reinforcement
of the CLT plate. Figure 10 and Figure 11 show a detailed
concept of the system.

at 5-layered CLT with a thickness of 160 mm (Figure 12)
the potential of this concept is rated as very high.

Figure 12: test setup
Figure 10:

o el o the

R Connector

(1) Contact face at the column head
(2) Overhead suspension of the slab with connectionelements
(3) Load pass through the plate with compression
member
(4) Local shear reinforcement
(5) Continuous joint of the CLT elements
Figure 11: Concept o the

R Connector

For reducing compression perpendicular to the grain the
contact face just has to resist the loads during the
assembling process. After mounting of the inclined
screws the main load is running across the cantilever arms
of the connector. The inclined screws also increase the
resistance of rolling shear [5]. Steel parts penetrate
through the CLT plate for carrying the loads from the
upper floors.

FIRST TESTS AND RESULTS
This construction method of “activation of many
reserves” in and around the connecting point of the
column, as well as an additional activation of wooden
volume, the load carrying capacity is significantly
increased. Based on the initial results of preliminary tests

Figure 13: e aluation o the preliminary tests

In Figure 13, the local increase in stiffness of the plate
tests with SPIDER reinforcement by approximately 50%
in the linear elastic range can be seen. Furthermore almost
twice the load can be transmitted at the displacement of
10 mm in the middle of the plate. The first tests were
carried out with a maximum of 300 kN in the center of a
square plate of 2,4 m. The behavior of the CLT plate with
Reinforcement-System shows just elastic deformations.
No failure or cracks were detected at this stage.
So far studies found out, that it is absolutely necessary to
coordinate the different levels of stiffness and to use the
full capacity for the design of the connection. This is
necessary because of the interaction between contact,
suspension,
compression
member
and
shear
reinforcement. Further investigation about the increasing
of stiffness and floor vibrations have to be carried out
during a FFG project.
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Curriculum Development For Interdisciplinary Engineering -Wood
Master Program
Guido Wimmers1, Maik Gehloff2, Julia Wimmers-Klick3

ABSTRACT:
The forest and wood construction industry in British Columbia is trying to coup with the challenges of the 21 st century
which was motivating the provincial government to initiate a new program at the University of Northern British
Columbia. UNBC has launched a new Master of Engineering Program in Integrated Wood Design. The vision of this
program is to educate the next generation of engineers by teaching an interdisciplinary and integrative up-to-date timber
engineering curriculum including a well-rounded background in building physics, envelope design, energy efficiency,
durability, fire safety and acoustic design as well as a good foundation in processing and prefabrication.
To develop the curriculum, the outcome-based approach (OBE) was used. To achieve the goal, the outcomes were
defined leading to 16 courses, each in block format offered over 12 consecutive months. This will enable students to
focus efficiently on one topic at a time, allows for international experts to be involved and become part of the team and
empowers faculty to focus efficiently on their respective research when not teaching.
By combining modern timber engineering with building physics and fabrication/processing, students are given a more
complete and well-rounded understanding and toolset to face the challenges of the next decade in sustainable
construction and solve real-word problems and complex issues.
This intense, integrative block format is unique and new to this industry.

KEYWORDS: Interdisciplinary, Education, Timber-Engineering, Building-Physics, Pre-Fabrication, Processing
Wood Science

1 INTRODUCTION
12

1.1 GLOBAL MEGA TRENDS
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The prediction of a worldwide growing population of up
to 2 billion more human beings on this planet over the
next 30 years paired with the necessity to immediately
reduce the environmental impact of the build
environment not just throughout the construction phase
but also over the lifetime of the building is presenting a
challenging situation for the construction industry with
implications for engineers and architects, building
officials as well as secondary product manufacturers and
service providers.
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To build sustainable buildings, construction methods and
materials have to be of the lowest possible
environmental impact, buildings have to be durable and
eventually reusable or at least recyclable and operational
energy consumption would have to be close to zero.
Looking at the global warming potential or climate
change potential of commonly used construction
materials it becomes obvious that the use of wood as one
of the very few renewable structural materials can have a
large impact on reducing emissions in the industry and
the carbon sequestration would allow potentially for a
positive balance.
Wooden constructions allow not only for a positive
carbon balance, with the potential for increased
construction speed when using prefabrication and less
disturbance on site due to much shorter construction time
they also become very interesting from a financial point
of view.
1.2 CHALLENGES FOR INDUSTRY AND
UNIVERSITIES IN CANADA
“The dogmas of the quiet past are inadequate to the
stormy present. The occasion is piled high with
difficulty, and we must rise with the occasion. As our
case is new, so we must think anew and act anew. We
must disenthrall ourselves, and then we shall save our
country.” Abraham Lincoln
Comparing the primary, secondary, engineered wood
products and wood construction industry of various
continents rather large differences in focus and
specialisation can be seen due to geographic differences,
different population densities and size of markets. The
production and use of engineered wood products in
North America is significantly smaller than in Europe
with North America representing a net importer of woodbased panels [1]. Canadian engineers and architects are
specifying significantly less engineered wood products
than in other countries potentially because of less
familiarity with the potentially available products, their
capabilities and the engineering of it, the availability of
the engineered products and the financial costs of those
when manufactured in Canada caused by a much smaller
market volume and much higher production costs and
less competition. We need to see a cost shift in the
construction of large buildings with wood to see a
fundamental shift in the market.
British Columbia is one of the leading producers of
forestry products; however, the productivity of
engineered products is very low. Some glulam producers
in the European market produce on an annual base more
than all Canadian production companies together. Given
the small scale of production across Canada it is also
understandable that exports of engineered wood products
are negligible and Canada is not represented on the
global market of engineered wood products.
Environmental impact over the lifetime of new buildings
across Canada is still rather high due to lack of emphasis
on the energy consumption. Over the last decade the
industry was more focussing on many little steps to
make construction more environmentally friendly which

is also important but needs to focus more on the largest
impact, the energy consumption of buildings.
To change this situation universities have a chance to
contribute by offering education which will support the
industry in manufacturing and using engineered wood
products, reduce embodied energy and energy
consumption of buildings throughout their lifetime to
allow engineers and all other stakeholders of the industry
to overall be better prepared for the developments of the
21st century.
Any of the challenges university now face would be
significant on their own: a long and steady decline of
public funding coupled with a prominent rise in
government and public frustration over high tuition; new
global competition; a weak global economy; a
demographic shift that will reduce the number of
potential applicants; a declining graduation rate from
public high schools; and a profound technological
revolution that is redefining fields of knowledge, access
to knowledge, and even the importance and meaning of
knowledge. [2] Differentiation in engineering specialities
put pressure on engineering education to cope with the
diversity and to keep up with the frontline of knowledge
in diverse fields. Developments in technology have
meant also that the boundaries between engineering
disciplines are blurring, and indeed the very nature and
existence of engineering has become into question in
recent years. [3]

2 NEW ORIENTATION FOR A NEW
EDUCATIONAL PROGRAM
2.1 THE GOAL / OUTCOME
The learning outcomes approach to our education means
basing program and curriculum design, content and
delivery on an explicit identification of the integrated
knowledge, skills and values needed by both students
and society. Since British Columbia is a large producer
of forest products there was political will to establish a
new Master of Engineering Program at the University of
Northern British Columbia in Prince George, a hub for
the BC’s forestry industry.
The goal/outcome of the program is to prepare and
educate professionals in the field of timber engineering,
building physics, sustainability and processing.
Engineers can benefit from a well-rounded overview of
all of these topics to influence the construction industry
of the future. The purpose is to prepare engineers for the
challenges of the next decades. Outcome of this program
can be considered as a portrait or a word picture of the
graduate at work in e.g. forest industry. The challenge
was how to design and structure a new educational
program for engineers to prepare them to face those
challenges.
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2.2 GRADUATES
Graduates of this program will get a Master in
Engineering and should eventually get access to several
branches of the industry, their knowledge is beneficial
for sawmills to produce primary products for engineered
wood
product
manufacturers,
the
secondary
manufacturers and engineered wood manufacturers to
design and engineer new innovative products, engineers
to design with new products and engineer the structural
concepts, architects to specify wood as the construction
material in the first place and design advanced buildings
from a building physics point of view and policy makers
and building officials to pave the way for higher
performing next generation products. Only by serving all
of those stakeholders a program can be successful in the
long run and help to transfer an industry.
2.3 STUDENTS
This program is designed for young and mid-career
professionals who perform, or aspire to perform, tasks
predominantly in applied research, or who require
academic knowledge and skills to enhance the execution
of wood design engineering related work. Since this
particular program offers a Master of Engineering it is
first of all open to students with a baccalaureus in Civil
Engineering. As the content is interdisciplinary, students
coming from related fields like other engineering
baccalaureus degrees will be considered as well as other
baccalaureus degrees if the content is comparable and
related to the topic. Some academic courses in structural
design have to be proven and professional experience in
the wood construction industry can be an asset.
This was especially important since the program should
be attractive not just for Canadian students but also open
to international students and in other countries and
educational systems for example architectural
engineering has already a significant content in structural
design.
By allowing a wider range of students into the program
one fosters the interdisciplinary and international aspect
of the program and prepares them for the challenges
ahead.
To define mutual prerequisites for entering such a
program a four-year (120 credit hours) baccalaureate
degree (or equivalent) if sufficient related engineering
content can be demonstrated as well as proficient
English language skills are required.

3 THE CURRICULUM
3.1 INTERDISCIPLINARY APPROACH
For perspective on the interdisciplinary challenge in
higher education, it is important to understand the
concept and origins of the ‘discipline’. Disciplines are
convenient but artificial constructs, and while academia
may be divided into them, the world is not. A sense of
the balance and connection between them is vital.[4]

At first universities in ancient Greece student were
studying a large number of subjects to get an
‘universitas’ education, as time went by the knowledge
load of each subject increased immensely so that
students specialized in only one discipline. The holistic
approach got lost. Now we re-discover the necessity and
advantages of integrated and interdisciplinary programs
which is a crucial part of higher education.
To face the challenges of the construction industry over
the next decades an interdisciplinary approach seems to
be a good method to educate engineers. Timber
engineering will be the emphasis but other topics crucial
to achieve better engineering and building practice are
discussed too. For higher building performance building
physics is essential since durability, energy efficiency,
acoustic performance and fire safety are critical aspects
of a valuable design and precondition for sustainability.
Only if professionals have a well-rounded understanding
of the interconnection of all those disciplines and have
on top a deeper understanding of how designed
connection details can actually be built in reality they
will contribute to value added engineering.
The importance of an interdisciplinary approach might
be best explained using some examples.
Thermal bridges can have an influence of 20% or even
more of the energy losses of the thermal envelope of a
building. Architects are usually responsible for the
general design of the shape and form of the building as
well as the envelope and with that they do already
influence the existence or absence of thermal bridges.
Typically structural engineers would now have to coup
with the given design but quite often don’t consider the
thermal performance of their detailed solution. To
achieve a higher level of energy efficiency both, the
architect as well as the structural engineer would have to
have an in-depth understanding of thermal bridges.
Architects depending on their educational background
might have a good understand of thermal bridges and
technical solution to avoid them, engineers might have a
good understanding of the laws of thermodynamics but
combining the two, the rather practical and the
theoretical approach will deliver the best outcome.
A similar example would be the optimization of acoustic
performance of a building. Also here we have specialised
architects or other professionals involved to find
solutions but the fundamental understanding of the
necessity of decoupling building components to interrupt
the transfer of vibrations and still transfer structural
loads is also a challenge which can only be solved in an
interdisciplinary approach.
To achieve the ultimate goal of building better buildings
it is then also important to train engineers in assessing
the environmental impact of their design. Only if the
factors which determine the performances of the
building on the whole as well as the impacts of each
detail have been thoroughly understood, the
environmental impact can be meaningfully reduced.
Accurate energy performance calculation tools as well as
life cycle assessment tools have to be used and
understood to optimize the design of any given project.
To design efficient and well performing connection
details it helps to have a thorough understanding of the
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manufacturing process in prefabrication plants and of the
installation sequence and lifting and hoisting techniques
used on site, Structural engineers need to understand the
processing coming after their design specifications to be
able to optimize the process and the structural and cost
efficiency of their design.

Curriculum Content

Research/
Design
Project
25%

Timber
Engineering
30%

Wood
Processing
10%
Wood
Science
10%

Building
Physics/
Sustainabili
ty
25%

Figure 1: Emphasis of curriculum

Curriculum development for interdisciplinary teaching is
not simply an organizational device requiring cosmetic
changes or realignments in lesson plans across various
subject areas. Rather it is a way of thinking about what
the program is for, about the outcome and about the uses
of knowledge.[5] To create the curriculum involves
determine how the various components of the program
fit together to form an integrated whole. For the
framework of the program the Outcome-Based
Education (OBE) approach was used to design the
curriculum. The key concept advocated is that outcomes
represent the integration of the different disciplines and
therefore a various aspects of curriculum content. In
contrast to the approach of competency-based education
(CBE) in which competencies is discrete and separate,
the outcome-based approach highlights the importance
of integration. Integration implies a common context.
The common context cannot be assumed, nor can it be
discovered. Context is constructed as faculty members’
work reflectively with one another.

3.2 CURRICULUM CONTENT
Wood Mechanics and Timber Structures – Students
generate a deep knowledge of wood. Starting with
identifying the supply chain, students come to appreciate
the sustainable nature of wood, its unique structure, its
living nature, and its strengths and weaknesses, all in the
context of other commonly used building materials. The
beginning of the year explores iconic wood structures
and gives an overview of the recent history of wood and
timber construction, explains the process from lumber
manufacturing to the production of engineered wood
products, and it covers a variety of traditional and
modern applications and recent product developments.
Hands-on Experience – As it is one of the most complex
building materials, it is important to experience wood
and to work with it. Students build small-scale
structures to explore the versatility and complexity of
wood structures. Community or industry internships may
be included.
Team Work - At the core of successful design teams is
the ability to communicate effectively and integrate
different points of view. Students undertaking this
program are immersed in the science and art of design.
Multi-disciplinary teams work together throughout the
program to build effective communication skills,
personal and interpersonal skills by working with
individuals with diverse backgrounds and a wide range
of experts such as technical experts, professional
engineers, architects, and community members.
Sustainability – Students study how to rate and plan a
range of state-of-the-art sustainable designs and how
they fit within the broader social and political context of
sustainability.
This program develops students’ skills in understanding
wood as a versatile and sustainable building component
that can be used in applications far beyond what could be
achieved using concrete and steel. Students investigate
wood at the micro and macro level and explore the
science and art of designing and building wood
structures. [7]
Interdisciplinary education draws on multiple disciplines
to acquire a deep and thorough understanding of
complex issues and challenges students to synthesize
what each of the disciplines offers before attempting to
design or analyse to resolve real-life tasks.
First Semester:
Timber Engineering
Students will deepen their knowledge of designing with
wood looking at gravity loads, lateral loads and
connection design.
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Building Physics/Sustainability
The fundamentals of acoustic design and sound
separation, absorbing and reducing the transfer of sound
in wooden or wood composite structures and buildings
and other sources of vibration will be contrasted here.
Furthermore the behavior of wood buildings in case of
fire will be explored, strategies discussed and evaluated.
Wood Science
The courses are designed to give students an in-depth
understanding of wood as building and engineering
material. The physical, chemical and mechanical
properties of wood as they relate to building with wood
are discussed in greater detail.
Wood Processing
Students get introduced to the tools-of-the-trade, from
industry specific CAD/CAM software, CNC machines
and robotic manufacturing to conventional hand and
power tools. Hands-on components are implemented to
further increase the know-how about the material.
Special Topics
It is focused on recent developments in the Canadian and
international wood and/or sustainable construction
industry. The subjects vary and explore recent trends,
methods or new products and approaches in the industry.
Topics are chosen based on current developments, which
vary year to year.
Second Semester:
Timber Engineering
Students will be taught in engineering wooded structures
for seismic loads including the design of connection
systems. Further the students are being introduced to the
latest technologies and developments in tall wood
buildings and their design.
Building Physics/Sustainability
Fundamentals of building physics related to envelope
design of buildings such as thermal performance of
materials and components, including thermal bridges,
hydrodynamic processes in the building envelopes, as
well as airtightness and convection based influences and
durability of building envelopes are discussed. Highest
priorities of sustainable design in moderate and cold
climates; design of energy efficient buildings,
interconnection of architectural volumes, form, envelope
design and healthy living are evaluated and energy
efficiency standards explored. The integration of
building services such as HRV, HVAC and renewable
energy generation and their influence on the design are
introduced.
Project Design
To applied structural design and hands-on experience by
introducing students to the material and connection
types. Students will build their own designs and compete
on various tasks. The lab/design studio course intensives

a realistic design task which applies design skills in the
field of structural design, building physics and
sustainable design. This might be offered in the form of
a team competition.
Third Semester:
Building Physics/Sustainability
Students will be introduced to an array of tools used to
assess and manage the environmental impact of design
and construction. Tools considered may include
environmental indicator measurements, environmental
risk assessment, life-cycle assessment, amongst others,
Further methods and parameters for healthy living,
indoor air quality and thermal comfort as well as
analysis on social responsibility in various contexts will
be discussed.
Wood Processing
Students are guided through all stages of construction,
starting with design and finishing with the completed
building, A sample project is selected to guide students
through the construction process. Students are also given
comprehensive knowledge on plant layout and state-ofthe-art manufacturing. The course finished with a small
design project, for which the students create all required
documents from construction drawings, details, bill of
materials and layout a plant to produce the structure to
the highest standard and efficiency.
Analysis
The analysis of wood or mixed structures from one or
more of the following aspects, but not limited to:
structural design, engineered and composite materials,
envelope design and/or building physics related topics,
or sustainable design focusing on environmental impact
and energy efficiency gets covered in this course. The
result of this analysis is presented in the form of a case
study. Interdisciplinary analysis – examines an issue
from multiple perspectives, leading to a systematic effort
to integrate the alternative perspectives into a unified or
coherent framework of analysis.
Research/Design Project
To finish up the degree program students will work on a
specialized subject area of their choosing under
supervision by members of the faculty. The students will
conduct literature research as well as some laboratory
research and apply their findings and interdisciplinary
knowledge gained throughout the course of the program
in a project. The project is designed to challenge the
students’ knowledge and understanding of the
curriculum taught and applies it to a specialized topic,
demonstrating the comprehensive knowledge gained and
ability of interdisciplinary thinking. This capstone
project will be based on various topics discussed over
the past year. The combination of several topics is
preferred to show integrated design skills. [7]
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3.3 INTERTWINING ACADEMIA WITH HANDSON EXPERIENCE
Tell me and I forget,
teach me and I remember,
involve me and I learn."
(Benjamin Franklin)
3.3.1 Importance of hands-on in general
If we want campus education to survive; we need to
focus on the experience of direct physical interaction
with hands-on experience in higher education and make
it worth the extra effort it will always take to deliver,
especially if you need high quality equipment like in a
timber engineering program.
One challenge faced throughout the design of the
program was the apprehension that a large portion of
engineering baccalaureus might not have a direct
connection to wood as a construction material and is not
aware of the challenge a 3D virtual design of a detail
might pose to a production facility.
Teaching of physics, processes and engineering content
is more promising if students gather hands on experience
and a portfolio of different teaching methods is used.
More than 50% of all courses offered in this Master
degree have a lab component and students will have to
work with the material. It is not the objective that
students will be trained to operate large industrial CNC
machines or robots but they will have the opportunity to
learn about the capabilities and limitations of those
manufacturing techniques.
Or to summarize it with Bloom's Taxonomy of Learning,
[6] we are not only aiming to achieve the highest level in
the cognitive domain, but also to integrate the
psychomotor domain and hopefully also the affective
domain
up
in
the
hierarchy.
Remember...,understand....,apply....,analyse...,evaluate....,
create! A sequential curriculum is routine in most
European countries: first year students must achieve
basic skills before they move on to higher levels of
knowledge where you have to combine, apply and
analyse. Even this is in the logic of Bloom’s taxonomy
most North American higher education curricula are
structured around content and continue to allow students
to acquire these classes in almost any order.
3.3.2. Problem based learning projects
Problem based learning gives the opportunity to make
double duty of teaching time so that students develop a
deeper working knowledge with the material wood while
simultaneously learning personal and interpersonal skills
and problem-solving engineering skills.

Figure 2: Outcome map

3.3.3. Prefabrication
Prefabrication comes with its own set of difficulties and
during the installation period, new complex tasks arise
from these construction methods; thus a fundamental
understanding of processing or fabrication is essential as
well. While most aspects of designing and engineering in
wood come down to the structural integrity of the
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individual components and their connections to one
another, the constructability of the entire structure often
is considered too late in the design process. Students
need to understand the impact each and every design and
engineering decision they make could have adverse or
beneficial impact on the constructability and therefore
the structure as a whole. As outlined in the above
sections, students have a mix of course from structural to
building physics and material science as well as
processing. Students will, after completion of the
program, understand that the physical and mechanical
properties of wood not only affect their structural and
thermal performance but also its workability as well as
quality and productivity of fabrication. Students will
need to and learn to understand that decisions made
during design will have crucial effects on the fabrication
of the structure and the sequence of assembly for
example.
To fully grasp the impact of certain design decisions and
to understand the difference between decisions, students
should ad will be exposed to both low-tech manual
fabrication and high-tech CNC machining. The hand-on
experience for students using nothing but hand-power
tools as well as sophisticated Computer Numeric
Controlled (CNC) machines and robots will expose
students to the numerous fabrication options and their
respective constraints and challenges. The exercise of
creating a fabrication plant layout for example will
introduce students not only to the efficiencies of certain
production principles but also allows them to experience
the entire process through the eyes of a for-profit
company supplying and installing such structures based
on a given design, including the opportunities of value
engineering due to the process used by a specific
fabricator.
3.4 OUTCOME GOAL: CRITICAL THINKING
One outcome goal of any interdisciplinary master
programs is critical thinking. To prepare students for a
life in-depth analysis and critical examination should be
a key goal. How to reach this and incorporate into the
curriculum and teaching methods is with discussions and
deliberation by faculty members. Faculty can come to
consensus or agreement on how to foster critical thinking
in their curriculum. A clear and open curriculum plan
that is adopted and owned by each member of the faculty
is vital for the success of the integrated curriculum.
Since an engineering curriculum is generally owned by
the teaching faculty as a whole, and executed largely in
individual components, faculty and leaders of all
components must be aware of the role and the function
of their components in the curriculum as a whole. [3]
Also the critical thinking skills are wanted; most higher
education is around delivery of content. The overall
outcome goal of interdisciplinary engineering master
programs is to find the right balance between content
delivery, transferring knowledge and application of
material to new contexts, development of intellectual
curiosity, investment in the material, evaluation, and
synthesis, challenging personal beliefs, communication

skills, professionalism, and connection of information
across disciplines, teamwork, and reflection on the
significance of content. Basing program and curriculum
design, content and delivery on an obvious identification
of the integrated knowledge (cognitive domain), skills
(psychomotor domain) and values (affective domain) is
needed by both students and society. This approach
differs from ‘competency-based approaches’ (CBE) in its
emphasis on integration and the development of
interdisciplinary abilities that are often neglected in a
competency approach. The outcomes will be the result of
an integrated process happening between faculty
members which have the same results in mind only
different aspects of it are focused on.
3.5 FORMAT IN BLOCK STRUCTURE
Since it is not standard for Canadian engineering
students to obtain a master degree a high level of
attractiveness seemed mandatory to lead such program to
success. Assuming that a larger number of potential
students will come out of the professional work force
and will have to take a “time out” to pursue the master
degree we consulted with numerous professionals and
companies to get their feedback not just for the content
of the program but also for the format.
It seemed to be important that the program will take
professionals out of the work force for as short as
possible. Typically, a course based master program will
go over the duration of 4 semesters. Assuming that the
work load per semester can be increased slightly to fit
the same content into 3 semesters, the required courses
can be delivered in 12 month. Since a semester is
typically 4 months long was decided to offer all 3
semesters in 12 consecutive months. Getting significant
support from the industry will raise the appeal of the
program for students.
Given the high intensity of such short program the block
format seemed to be valid from a didactical point of
view to convey the holistic and complex curriculum as
well as to raise the digestibility of the interdisciplinary
content. With one course at a time students have the
chance to fully focus on one topic only. This sequential
block structure has the benefit of fostering the kind of
mature understanding of linkages that grows as the
program advances. These linkages provide opportunities
for integrated learning experiences. Linkages within a
curriculum place increasing demand on faculty because
they require substantial communication, cooperation and
adjustments of course content in order to achieve the
desired connections. The block format not only allows
the faculty to increase the efficiency of teaching and
enables more research; it also permits world leading
experts to participate in the educational program since
the contact time with students is limited to 2 weeks per
course, exposing students to different approaches and
points of views from experts from around the world.
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3.6 INTERDISCIPLINARY AS A SOCIAL AND
ACADEMIC RESPONSIBILITY
We have reached a transition point in our higher
education approach. Away from single specialized
content areas to applying connections and linkages
transdisciplinary is necessary to face the today’s world
challenges, especially when it comes to sustainability
and environmentally resilience. Engineers build things
that serve society.
‘Scientists discover the world that exists; engineers
create the world that never was’ (Theodore von Karman)
It is true that the creation of new products with the eye of
responsibility towards our nature, and intelligent and
sustainable consumption and usage of natural resources
remain the tasks of engineers today. To do this, students
must be technical experts, socially responsible, and
inclined to innovate. To reach this, higher education has
to adapt
and has to move towards interdisciplinary
approach. Realizing the need to educate the students as
specialists in a range of engineering technologies while
at the same time guiding students to develop as
generalists in a range of personal and interpersonal skills
also reflecting the society’s values and ethical standards,
seems to use integrative curriculum development and
teaching methods natural.

5 OUTLOOK
Given the fact that this master program has a new
interdisciplinary format and attracts students from
different educational backgrounds like civil engineering,
environmental engineering, architects with specialisation
in building physics, assessment techniques became an
important device before and during the courses to ensure
each student could improve their weakest area and the
objective evaluation techniques would reflect the
interdisciplinary curriculum content as well as weigh the
different strength given the diverse students educational
backgrounds in a balanced and fair way. Assessment and
evaluation of students will evolve with experience as
well as learning/teaching methods will evolve with
experience.
Evaluation of the program is a process for judging the
overall success based on evidence of progress toward
reaching goals. The specific approach to program
evaluation can take a variety of forms, depending on the
point of view and rationale for the evaluation. Time will
tell.

4 CONCLUSION
It is challenging to develop a specific wood engineering
curriculum from the scratch, without any further
comparable wood engineering master programs in North
America.
In order to achieve a deeper knowledge and
understanding of technical wood fundamentals and
ability to lead in the creation of new timber products, we
developed an interdisciplinary curriculum with an OBE
approach.
By combining modern timber engineering with building
physics and fabrication/processing students are given a
comprehensive and well-rounded understanding and
toolset to face the challenges of the next decade in
sustainable construction and solve real-word problems
and complex issues and serve the needs of society.
Because of the global nature of the theme wood design
and because of the collaborative context in which the
curriculum was designed, outcomes are both holistic and
atomistic. The goal in the current phase is to offer a
unique, international competitive and local customized
master of wood engineering program.
Real-world problems are complex, so no single
discipline can adequately describe and resolve these
issues. Therefore, they are not surprised that
interdisciplinary forms of learning are prevalent and
growing in abundance and stature throughout higher
education. [8]
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TEACHING TIMBER DESIGN IN TEAM-BASED-LEARNING FORMAT
AND IN INTERDISCIPLINARY SETTINGS
Thomas Tannert1, Adam Gerber2
ABSTRACT: While established in the arts, medical and sciences education, flipped class-room concepts are not
widespread in the engineering education. Furthermore, while interdisciplinary in research is becoming more popular, in
education we often focus on the delivery of field specific content in homogeneous settings. In this paper, we discuss the
challenges and benefits of implementing a Team-Based-Learning approach and interdisciplinary collaborations in the
engineering education at the example of the Timber Design courses taught at the University of British Columbia.
KEYWORDS: Team-based-learning, design competition, design-build-project, connection testing laboratory

WOOD EDUCATION IN CANADA 1

TEAM-BASED-LEARNING (TBL)

The Canadian Wood Council (CWC) has the mandate to
lead and partner with the wood industry to ensure
educational institutions in Canada are well-equipped to
provide the education needed and to increase the number
of students in wood education programs. To work
towards this goal, the CWC convened a National
Professors’ Conference on Wood Education in 2013 with
the objectives to identify key long-term strategies. In
preparation of that conference, Professors and Instructors
were invited to gather data on the current state of wood
education. A report was provided that compared the state
of wood education in comparison with other structural
materials in accredited civil engineering programs at
Canadian Higher Education Institutions. The report
demonstrated the lack of dedicated full-time Faculty in
the area of Timber Engineering and as a consequence the
lack of adequate course offerings at most Canadian
Universities [1].
The situation at the University of British Columbia in
Vancouver (UBC) is different. Part of a mandatory third
year course (CIVL 331 – Introduction to Steel and
Timber Design), an additional fourth year elective course
(CIVL 439 – Timber Design) and fifth year graduate
course (CIVL 517 – Advanced Timber Design) provide
engineering students the opportunity to enter the
workforce with a basic understanding of timber
engineering [2].

The focus at many universities has shifted from
delivering information through lectures to coaching
students on how to assess its validity and facilitating an
environment where students learn how to solve
problems. At UBC, this process is supported through the
“Flexible Learning Initiative” [3]. To achieve such a
learning environment, traditional teaching techniques
need to be adapted to encourage students to take
ownership over their learning experience. In the UBC
timber classes, we adopt Team-Based-Learning (TBL) to
inspire students to focus on their own work, to reflect
upon which procedure to implement, and how to achieve
success in the light of available resources.
In a conventional lecture-based course, basic information
is gained in the classroom, skill development begins in
tutorials, and challenging problems are tackled outside of
class. Numerous studies show that students retain very
little of the content presented in a conventional lecture,
suggesting it is not a particularly effective use of time.
Team-based learning (TBL) makes better use of the
student and instructor time by switching where the
learning activities take place [4]:
• Initial exposure to material is gained out of class
through reading assignments;
• Key points are reinforced by the instructor using
mini-lectures;
• Exercises and active learning take place in the
classroom;
• Challenging problems are completed by students in
and out of class;
• Modules are concluded with a quiz and debriefings in
class.
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The TBL approach ensures that students see the course
material multiple times and in different ways. Other
important aspects of TBL are the Readiness Assurance
Process, and the formation of heterogeneous teams. The
Readiness Assurance Process (RAP) is aimed at students
becoming familiar with background information so that
class time can be used more effectively. In preparation
for each module and the RAP tests, students are assigned
short readings. The three critical steps in the RAP are: i)
An individual multiple-choice quiz based on
understanding of material from readings; ii) The same
multiple-choice as conducted by individuals but this time
taken as a team; and iii) Immediate feedback given by
instructor to ensure students understand the material
before proceeding with more advanced topics [4].
TBL makes small group work the primary in-class
activity and calls for procedures that support the
transformation of newly formed “groups” (e.g. when
applying group work casually or frequently in a more
traditional teaching approach) into high-performance
learning teams. TBL requires a significant change in the
structure of a course to take advantage of the capabilities
of such high-performance learning teams. If successfully
implemented, TBL transforms groups into teams,
changes the quality of student learning, and increases the
joy of teaching. TBL can be described as an instructional
strategy that combines independent out-of-class
preparation for in-class activities. The three keys to
successfully implementing TBL in the classroom are: i)
Promoting ongoing team member accountability; ii)
Using linked and mutually reinforcing assignments; and
iii) Adopting practices that stimulate idea exchange [5].
TBL has been successfully adopted by a number of
medical educators [6-8]. Only more recently has TBL
been implemented in engineering education [9-11]
The traditional approach to engineering instruction at the
university level, however, typically involves lecturing,
homework, quizzes and exams. Although this traditional
approach is commonly viewed as not the best
educational method, it has persisted because of the ease
with which large numbers of students may be
accommodated, and because of the apparent subject
knowledge gained by students as measured by final
exams [9]. It has long been recognized that while coursecontent-specific goals can be achieved through a
traditional lecture method, the learning objectives that
are nowadays required from students, e.g. developing
abilities and skills in reasoning, self-teaching and
working with others in a team setting, are not sufficiently
addressed by traditional teaching approaches. The use of
TBL in a mechanical engineering design course at the
University of British Columbia (UBC) showed that inclass discussions, peer-learning and class attendance
improved [10,11].
Practices that stimulate the exchange of ideas are one
key factor to success of TBL [5]. One way to expose
students to new ideas is making sure that teams are
relatively large (5-7 members) and as diverse as
possible. Creating diverse teams involves identifying the
dimensions that make a difference in student
performance (e.g. previous course work, relevant job

experience) and then sorting members into groups so that
assets are spread as evenly as possible across teams [12].
While there seems to be a consensus in the literature that
TBL appears to improve knowledge scores, there are
recent studies that allude to the fact that TBL may yield
mixed positive and negative learning reaction [13].
While one study [11] found that student evaluations of
teaching improved, another study [13] hypothesises that
this may be due to increased student workload and shift
in culture towards peer assessment and accountability
and advice curriculum planners who implement TBL to
take precautions to mitigate potentially negative learner
reactions to this teaching strategy.

TEACHING TIMBER DESIGN WITH TBL
1.1 COURSE OBJECTIVES
The objectives of the UBC timber design course are:
1) help students understand the behaviour of timber as a
structural material;
2) develop the students’ ability to design timber
structural elements and connections; and
3) help students gain team-working and problemsolving skills.
It is clearly and repeatedly communicated to the students
that while objective #3 is not directly assessed and
marked in the class, it is deemed to be the most
important as team-working and problem-solving skills
are most highly valued by future employers.
1.2 READINESS ASSURANCE PROCESS
The course is divided into two-week long learning
modules such as “Member Design” and “Basic
Connection Design”. In preparation for each module,
mandatory readings are posted on the University’s
interactive student learning platform. At the beginning of
the first class of each module, students complete a short
multiple choice quiz. These quizzes are not designed as a
test that carries any significant weight for the overall
course grade, but as a tool for students to prepare for the
upcoming in-class activities and a means for the
instructor to very quickly assess gaps in understanding of
concepts. Figures 1 and 2 show tow typical questions
used in such reading quizzes.

The unsupported length of the beam shown is:
a) 0mm
b) 100mm
c) 4,000mm
d) The total beam length
Figure 1: Example 1 of RAP quiz multiple choice question
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The question, such as the ones shown in Figures 1 and 2
are sometimes formulated ambiguously. This is done on
purpose to stimulate discussion within the teams and
within the class as a whole. Teams are provided with an
“Appeal Sheet” where they can make a scholarly
argument on why they disagree with the answer selected
as correct by the instructor. In their appeal, the teams
preferably refer to a literature source that supports their
argument. All appeals are considered by the instructor
and direct feedback is provided to the students.
Under snow load, the purlin will be under:
a) Axial compression
b) Combined bending about both axes
c) Bending about the Y-Y axis
d) Bending about X-X axis
Figure 2: Example 2 of RAP quiz multiple choice question

Several companies provide multiple choice answer
sheets, such as the one shown in Figure 3, that can be
scanned immediately (even in class) and allow the
instructor to see which question should be discussed in
depths before moving on.

1.3 IN-CLASS ACTIVITIES
To make efficient use of class time, rather than listening
to lectures, students are engaged in active learning
exercises; Figures 5 and 6 show typical examples. Figure
5 illustrates a task where students first identify all
possible failure modes of a carpentry type connection,
then estimate the failure load based on engineering
principles and lastly use code provisions to design the
connection. All along the instructor and preferably
several Teaching Assistants are available in the classroom to guide the teams along in their thought processes.
After each sub-task, a full-class discussion is initiated,
sometimes using learning tools such as voting cards.

Figure 3: Example 2 of RAP quiz multiple choice question

In the next step, the students – in their teams – repeat the
same quiz using a multiple choice scratch card, as shown
in Figure 4. Here, immediate feedback is provided and
the teams can continue discussing a question if they
could not agree on the correct answer during the first try.
In the example, the team agreed on the correct answer
for question 1, but needed 3 and 4 tries for questions 2
and 3 respectively.

Figure 5: Example 1 of a typical in-class activity: Throughmortise-tenon joint with wedges

Figure 6: Example 2 of a typical in-class activity: Moment
connection with bending moment and shear force acting
Figure 4: Example 2 of RAP quiz multiple choice question
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1.4 TWO-STAGE EXAMS
An important aspect to improve student learning –
independent of the approach used to deliver a course – is
student metacognitive awareness and the role that
instructors can play, specifically that “Instructors can
help students improve their metacognitive awareness by
analyzing an exam after it has been taken” [14]. While
traditionally the exam analysis happens during one of the
following classes for mid-term exams, an analysis of the
final exam hardly ever happens. Most students never
look at their exams and miss out on the potential to learn
from their mistakes. An option that can enhance students'
achievement and encourage retention of students are
group exams that allow for more challenging questions,
relying on the power of peer learning to help more
students move ahead in their understanding of complex
ideas. But group exams also pose particular challenges in
finding an appropriate balance between individual
accountability and group dependence.
Two-stage exams are an interesting alternative that give
students the chance to immediately review their
individual exam while retaining their individual
accountability. Unlike traditional exams that students see
mostly as a stressful test experience, two-stage exams
can be a valuable learning experience. “In a two-stage
exam, students write an exam individually, and then they
rewrite the same exam in collaboration within a group.
One of the main objectives is to encourage peer
instruction and promote learning even during the exams.
Students obtain immediate feedback during the exam,
and initial results have shown that this type of exam
format produces some positive effects in later
assessment” [15]. These claims led me to implement
two-stage exams. Within the TBL context, the students
already are working in teams and, therefore, it was no
logistical challenge to set-up two stage quizzes.

TIMBER DESIGN TEAM PROJECTS
1.6 DESIGN-BUILD PROJECT
The 2013 design-build project was to design a gazebo,
and then size the members for a flat ground profile with
columns that may be truncated to fit an actual site with
challenging topography as shown in Figure 7.

Figure 7: Site topography for gazebo

The student teams designed their gazebos independently.
The winning proposal was selected by an external jury
that valued the innovative roof structure which is placed
diagonally over the floor, see Figure 8. The structure
also opens up towards the South and was deemed to fit
with the buildings already present; there is ample room
for the hot tub and future sauna and when these
amenities will be put is, the remaining space would still
be usable.

1.5 REFLECTIONS ON TBL
TBL provides a framework that, amongst other benefits,
helps students to develop team-working, problemsolving, and life-long learning skills. As such, TBL is
well-suited for instructors with a philosophy of teaching
that is learner-centred and based on the premise that
successful learning is closely linked to active learning
and learner motivation.
There are, however, some serious “side-effects”. TBL
requires a significant change in the structure of a course
to take advantage of the capabilities of learning teams.
And more challenging is that fact that TBL deviates
from the established teaching approach in most
engineering schools and as such may lead to lower
student evaluations which is of particular concern to pretenured Faculty. Delivering a course in TBL makes
students feel less comfortable because they are being
pushed out of their comfort zone; they are required to
work harder, something they experience immediately but
not necessarily appreciate immediately. But proper
implementation and adequate Faculty support will help
to overcome such challenges. And once successfully
implemented, TBL not only transforms the quality of
student learning, but also increases the joy of teaching.

Figure 8: Gazebo as result of 2013 design-build project

Students and instructor helped build the gazebo on-site
with manual labour only (photo in Figure 9). The photo
in Figure 10 illustrates the beauty of the setting.
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Figure 9: Gazebo under construction

Figure 12: Detail of broken test specimen from laboratory
exercise

1.8 CONCEPTUAL DESIGN PROJECTS
In CIVL 517, in their teams, students also worked on a
design project. This project was done in collaboration
with Equilibrium Consulting, one of North America’s
leading timber engineering design companies. Students
were provided with architectural drawings of a real
projects and are expected to develop options of structural
layouts, and then design one option. During the last class
of the course, the teams presented and discussed their
designs and were critiqued by the industry partner.
Figures 13 and 14 show examples from the 2016 project
at the overall structural level and a connection detail.
Figure 10: Gazebo as result of 2013 design-build project

1.7 LABORATORY EXERCISE
Laboratory exercises are an important component of a
material design course. In 2014, the student teams were
tasked to design, fabricate and test a Heavy Timber
Connection. They were provided with the materials and
were given training on using CAD/CAM tools available
at the UBC Centre for Advanced Wood Processing
including a Hundegger Robot-Drive. The deliverables
were to: i) propose two connection layouts; ii) provide
the machine cutting files; iii) fabricate the connection,
provide estimates on failure modes and capacity, and iv)
finally test the connection to failure. Insight into the
material performance can be gained from such tests, see
Figure 11 and 12 as well as and understanding of the
differences between design and actual capacities.

Figure 13: Example 1 2016 conceptual design project

Figure 14: Example 2 2016 conceptual design project
Figure 11: Test specimen from laboratory exercise

WCTE 2016 e-book | 5650

1.9 ARCHITECTURAL-ENGINEERING DESIGN
COMPETITION
1.9.1 Background
Collaboration within engineering teams is important, and
as such collaboration is fostered by the TBL approach
implemented in the UBC timber design courses and
several course projects. Collaboration across disciplines
is equally important; for structural engineers this is
particularly true for learning to work with architects.
In collaboration with the UBC School of Architecture
and Landscape Architecture, students taking CIVL517
participated in a design competition sponsored by the
design company Fast+Epp (another leading timber
engineering design company in North America). The
students were paired across disciplines and gave a short
presentation of the concept to the class, preliminary
drawings, a report explaining the concept.
Submissions consisted of two 11x17 pages of images in
addition to one to two typewritten pages explaining the
thinking behind the design as well as one to two pages to
summarize the engineering calculations for the major
members of the structure. Drawings contained at
minimum a plan, section and elevation sufficient to
describe the project. Conceptual and/or final sketches
and images were included to explain the relationship of
the design to site and/or cultural context., and complete
set of calculations for one selected detail.
1.9.2 Design competition 2014
The 2014 task was to re-design an existing pedestrian
steel bridge with an effective and economic, yet
architecturally pleasing timber structure. Bridges are
essentially pure spanning structures whose forms provide
connection and create place and as such become
significant elements in the fabric of cities and reference
points within these cities. The 2014 competition asked
students to design a multi-span pedestrian bridge which
integrates with landscape, city and the paths which it
connects. Integrating engineering and architectural
design, the winning team proposed the design for the
bridge, emphasized its integration with surroundings and
positively contributing to its environment. The
successful team designed a structure which was highly
functional and yet expressive, providing a culturally
relevant and memorable addition to the place. The
winning submission is shown in Figure 15, a more
“architectural-driven” design is shown in Figure 16.

Figure 16: Submission from 2014 Design Competition

1.9.3 Design competition 2015
The 2015 competition targeted a tree-house. A treehouse
is a creative and playful invention with potential to be
enjoyed by all ages. This competition asked students to
design a treehouse sufficient to house two adults for one
night. No cooking or sanitary facilities were required.
The treehouse had to be suspended from existing trees in
a manner that respects the life of the trees. The winning
submission is shown in Figure 17, the second place
design is shown in Figure 18.

Figure 17: Winning submission from 2015 Design Competition
Figure 15: Winning submission from 2014 Design Competition
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Figure 20: Submission from 2016 Design Competition

CONCLUSIONS

Figure 18: Submission from 2014 Design Competition

1.9.4 Design competition 2016
The 2016 competition asked students to design a ski hut
to be used as a shelter for heli-skiing or hiking. The hut
was to be located on Whistler Mountain (with the
appropriate snow load being considered) and should be
able to sleep eight people with adequate facilities to
spend a couple of nights in the middle of winter. The
shelter should minimize ground contact in order to
minimize the impact on the surrounding environment.
Further, since all materials had to be transported by
helicopter, the maximum weight of a single lift was
limited to 3000lbs. Teams were encouraged to consider
constructability, construction time, cost, and aesthetics.
The winning submission is shown in Figure 19, the
second place design is shown in Figure 20.

The Team-Based-Learning format is an appropriate
framework to motivate students and foster their ability to
collaborate in projects. TBL is a proven and successful
approach to help students to develop team-working,
problem-solving and life-long self-learning skills and to
apply these skills to their tasks and projects. Creating
TBL based courses in timber engineering research can be
time-consuming yet very fruitful since challenging tasks
such as laboratory-, design-build, or conceptual design
projects and design competitions are ideally tackled in
teams. Adding interdisciplinary team aspects, e.g.
collaborations across Engineering and Architectural
faculties creates new challenges but offers further
learning opportunities for timber engineers of tomorrow.
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WHAT CAN ARCHITECTURE STUDENTS LEARN ABOUT WOOD AND
WOOD SCIENCE & ENGINEERING STUDENTS ABOUT
ARCHITECTURE?
Mariapaola Riggio1, Jan Siem2, Judith Sheine3, Laurence Schimleck4, Bjørn Otto
Braaten5, Arnstein Gilberg6
ABSTRACT: In this paper, two educational programs are presented, and the different backgrounds and common
challenges are highlighted.
A new teaching program on “Advanced Wood Design and Architecture” is under development, as a part of the
“Renewable Materials” program at the Oregon State University (OSU), Wood Science and Engineering department, and
in collaboration with the University of Oregon (UO), Department of Architecture.
The challenge of this project is to bridge different backgrounds and diverse curricula and offer a common educational
program, to both Wood Science & Engineering students and Architecture students, coming from the two Universities.
In the graduate course on “Wooden Constructions”, at the Norwegian University of Science and Technology (NTNU),
Faculty of Architecture and Fine Art, students can experiment with a unique opportunity to develop and build full-scale
projects. In both programs, experiential learning has a central role. By "doing", students can gain a knowledge that not
only covers their specific professional and academic skills, but also contextualize multidisciplinary contents and
collaborative strategies.
KEYWORDS: Renewable materials, Wood design, “Constructivist Learning environment”, experiential learning

1 INTRODUCTION 123

evident, when advanced, non-traditional construction
materials and systems are used.

Integrated practice and innovative tectonic strategies play
a crucial role in the design of contemporary buildings
which employ sustainable materials and methods.
Advanced wood products and other renewable materials
used in architecture are becoming widely popular, largely
due to their positive environmental impact and their
enhanced technical performance. Efficiently meeting the
increasing demand for advanced timber buildings requires
a new generation of designers, ones who can command of
a broad range of technical skills.
An effective inter-disciplinary dialogue is required among
the different actors in the construction process. The new
modes used to produce buildings employ a more synthetic
work and information flow between interdisciplinary
team members. Although relationships between
architects, engineers, contractors and fabricators have
always been implicit in the architectural process, these
relationships are becoming much more direct and explicit
at the early stage of the design. This is particularly

Educational programs have been developed, and new ones
are continuously under development, to include these
issues into the existing curricula, with the aim of forming
a new generation of practitioners, engineers, architects,
production and construction managers, and facilitate a
synergic interaction among them.
Two educational programs are discussed and compared
specifically with regard to the modes and level of
interdisciplinary
and
“experiential”
learning
implemented. The different backgrounds and common
challenges are highlighted.
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The challenge of this educational project is to bridge
different backgrounds and diverse curricula and offer a
common educational program, to both Wood Science &
Engineering students and Architecture students, coming
from the two Universities.

trainee, quality control supervisor, production supervisor,
etc.), in marketing and management (e.g. engineered
wood products specialist, international supply chain
coordinator, etc.), as well as in art and design (e.g.
interior, industrial designer, etc.)

In this framework, a pilot course on Wood Architecture,
offered to Wood Science and Engineering students, has
been developed. The course allowed testing a
methodology to challenge, motivate, focus, and initiate
learning of architectural and structural concepts to
students with no background in this field. This represents
a first step in the development of a series of course
addressed to heterogeneous classes.

The Center for Advanced Wood Products Manufacturing
and Design is another important initiative promoted by the
College of Forestry at OSU. The Center was initiated by
OSU’s College of Forestry Dean Thomas Maness, who
approached UO’s Department of Architecture Head
Judith Sheine in spring 2013 about forming a
collaboration between the two schools to advance
research, education and manufacturing of advanced wood
products in Oregon.

Experiential and “Constructivist learning” [1] approaches
are here proposed, to facilitate interaction and help
students gaining new skills, applying their current
knowledge in a new context.
Differently than the “behaviourism” didactic theory,
which considers learning as a sequence of stimulus from
the teachers and response actions in the learners [2-3], the
“constructivist” learning model is based on the
assumption that students actively construct (rather than
acquire) their own knowledge, strongly influenced by
what they already know. This construction of knowledge
occurs in a social context. In this model, teachers can
provide “an intellectual scaffolding” to help the students
learn and progress through the different development
stages. Thus, the role of the teacher is to recognize the
conceptions students bring to the classroom and provide
experiences that will help them to build on their current
knowledge of the world.
This approach is considered particularly adequate to
develop skills required by modern industry, such as ability
to solve problems, critical thinking, teamwork and
communication. Fundamental components of this model
are: a) scientific observation and the predict-observeexplain (POE) strategy; b) use of demonstrations inside a
POE procedure; c) learning by problem solving.
The strategies implemented and planned both at OSU-UO
and NTNU are described in the following paragraphs.

2 “ADVANCED WOOD DESIGN AND
ARCHITECTURE” AT OSU-UO
Since 2010, Oregon State University (OSU) has offered a
Bachelor of Science degree program in renewable
materials. In the program, which is operated through
OSU’s College of Forestry, students work with
renewable, plant-based materials to understand their
characteristics and potential for conversion into products.
The Renewable Materials degree program at OSU offers
educational and research programs that are highly
multidisciplinary. Research and education focuses on
science, technology, engineering, art/design, and the
business practices that help society sustainably meet its
need for renewable materials. The program offer career
paths in science and engineering (e.g. management

One of the main aims of the Center is to revive the timber
industry in Oregon, both by fostering the production,
structural certification and testing of structural connection
methods and fire resistance techniques and by partnering
with building officials and construction professionals to
get demonstration projects built in Oregon.
The goals are to link wood product research and
development in OSU’s Wood Science and Engineering
Department with structural research and testing in WSE
and OSU’s Department of Civil and Construction
Engineering and advanced wood product assemblies
application research and design in the University of
Oregon’s School of Architecture and Allied Arts. This
allows connections between researchers and product
manufacturers, and between university architects, product
designers, engineers and industry professionals, to
advance wood product manufacturing and the application
of these products in buildings and structures. This
collaboration includes joint research projects and plans
for joint courses and degree programs to provide educated
professionals who can help to promote and develop the
understanding and use of advanced wood products
including cross laminated timber (CLT) in construction.
In the planned new courses, OSU and UO students are
asked to participate in joint sessions, where the influence
of materials and technology on structural and architectural
form is critically explored, and students can verify and
negotiate their individual/disciplinary views so as to reach
a shared understanding and group/multidisciplinary
cognition.
Experiential learning approached are favored, to blend
diversity and facilitate interaction.
Diverse types of active learning spaces are considered to
inspire the engagement of materials and generate research
into materiality and tectonics.
The program will include combination of Design studio
and Workshops.
By "doing", students can gain a knowledge that not only
covers professional and academic skills, but also
contextualize their prior knowledge. During this direct
experience, individual skills and teamwork capabilities
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are tested and students acquire proficiency in sensing the
integration of tectonics and aesthetics.

possibilities that open up when a designer engages a
wood-based material.

Workshops aim at focusing on the basis of building’s
tectonics: a) the material; b) the tools; c) the design.
Specific topics are explored through direct sensing,
testing and making.

-

2.1 WSE 299 - WOOD ARCHITECTURE

The course is addressed to sophomore students (2nd year
undergraduate), but, in its trial version, it has been opened
to all students of the RM program (all 4 years
undergraduate). This varied student demography has been
taken as an opportunity to test teaching styles appropriate
for a heterogeneous learners’ milieu. One of the main
educational challenges, in this case, was to deliver content
that can be assimilated by the younger students and still
stimulate the older ones. A mixed class composed of
Architecture and Wood Science students represents as
similar context. The different background and skills could
make more difficult for the students to be at the same pace
and equally engaged, but also offer an opportunity for a
more enriching experience. “Richness in diversity” has
been one of the keywords of the WSE299-Wood
architecture course. Each student, as an individual, has
been asked to contribute actively to the course, through
her/his experience, and encouraged to explore her/his
interests within the course. The strategies used are
described in the following section.

2.1.1 Learning objectives
A course on Wood Architecture – Tradition and Future of
Renewable Materials in the built environment- has been
launched in the spring term 2016 by Mariapaola Riggio,
within the Renewable Materials (RM) program at the
Wood Science and Engineering (WSE) Department at
OSU.
The course, in its first edition, is still running, while this
paper is written.
In the course, fundamentals of wood tectonics and
architecture design are explored. These include
mechanical behaviour of wood and its influence on the
structural system; static principles of wooden
constructions and their influence on the architectural
form; wood connections behaviour and detailing;
solutions for durability; relationship between general
properties of wood as well as product-related properties
and applications; compatibility with other materials;
design alternatives employing innovative uses of
advanced wood products.
Case studies are discussed to introduce the many ways
that wood (and other lignocellulosic renewable materials)
is used as a building material, and in particular for loadbearing structures. The course aims at providing student
with the ability to evaluate the effectiveness of a given
technological solution and to recognize the underlying
aesthetic and functional principles.
The main learning objectives of the course are
summarized below:
-

Development of structural intuition: many students,
also after engineering courses, have difficulty in
understanding basic structural concepts, such as how
stresses are related to structural dimensions, load
paths, etc. Even if this course is not addressed to
structural engineers, a basic understanding of how
structural systems work is fundamental for any
career involved in the design process.

-

Development of materiality awareness: a contingent
risk in the ubiquitous involvement of digital
technologies in contemporary design and
fabrication, is that new generations of professionals
will lose a fundamental understanding of material
properties and behaviour. Some students have
difficulties in figuring out basic haptic features of
materials, e.g. their weight, roughness, etc. The
course stimulates student into considering the haptic

Promotion of a culture of interdisciplinary
engagement and cooperation.

2.1.2 Student demography

2.1.3 Course organization and activities
This one-teacher course has a capacity of 20 students and
develops in a term, for 30 hours distributed in 10 weeks.
This type of schedule allows for fleeting and
discontinuous interaction and is typically used for
lectured-based courses.
In WSE 299 some alternative student-centered activities
have been experimented.
KWL(H) Charts (What we know, What we want to know,
What we have learned, How we know it) have been
assigned during the first weeks of the term, in order to
evaluate student’s prior knowledge and investigate
student’s alternative conceptions. The KWL chart was
created by Donna Ogle in 1986 [4] as a student-centered,
comprehension strategy used to activate background
knowledge prior to reading. KWL(H) Charts (Figure 1)
were used during thematic units to activate students’
background knowledge about a topic and to scaffold them
as they ask questions and organize the information they’re
learning. The charts were assigned to age groups and
developed through a two-step approach: the K list (what
we know) was delivered in class during group discussion,
while the W, L and (H) lists (what I want to know, what I
have learned and “how”) were completed individually.
The charts gave also a valuable insight on the expectations
of the students.
Prior knowledge of students was also explored through
student-driven/teacher-scaffolded seminars (Figure 2).
The seminars are proposed to allow students to construct
a personal understanding of the most fundamental course
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topics. The topics of the seminar merged curricular
contents and prior knowledge, so that students
personal/professional aspirations and experience (e.g.
family business, experience from a trip or an internship,
etc.) could be contextualized through their coursework.
Individual and collaborative reflection is a fundamental
component of the class: class and online discussion
platforms are provided to encourage students to put
language to ideas, test their understanding with peers and
listen and make sense of the ideas of other students.
The online discussion platform is used in the course to
develop social level processes such as explaining,
clarifying, elaborating, justifying, evaluating, analysing,
synthesizing, questioning, and restructuring ideas and
conceptions. Online discussion is often, but not
exclusively, triggered by the teacher, introducing topics
that are also discussed in class.

Scientific observation based on Predict-Observe-Explain
(POE) strategy is a relevant portion of the course. A POE
task involves students predicting the results of a
demonstration and finally explaining any discrepancies
between their predictions and observations. The
procedure uses observable, real-time events as stimuli to
provoke student thinking about concepts. The visual
aspects of demonstrations provide a complementary way
of understanding a concept. The demonstration activity in
class has proven to be a key component for the
development of physical intuition. This intuition is
necessary to understand connection between typology,
dimension and function of structural systems. It is a basis
for the development of structural design skills, which are
distinct from the analytical skills taught to engineers [5].
A substantial part of the demonstrations is based on the
use of small scale structural models (Figure 3 -4). These
face-to-face class demonstrations explores topics such
load paths, stress distribution, instability, factors affecting
deformations, roles of connections, etc.
For instance, behaviour of beam structures has been
analysed considering beam simply supported at both ends
with one horizontally moveable support and loaded in the
middle. Students observed how the beam bent when the
moveable support moved. In a further step, by increasing
the loads, they noticed the linear proportionality between
displacements and loads. Then, introducing intermediate
supports the students analysed the different behaviour of
a continuous beam.

Figure 1: Template of KWL (H) Chart
Figure 3: Small scale structural models: simulation of a
simple supported beam (up) and a continuous beam
(down)

Similarly, roles of compression and tension members in a
truss were demonstrated, showing the stress reversal of an
inverted truss (Figure 4), exhibiting buckling of the
slender compressed elements (rigid glued nodes make the
inverted truss behave as a Vierendeel frame).

Figure 2: A Student seminar

Concepts of structural optimization have been also
introduced through form-finding fabrication and
demonstration activities.
Examples of form-finding experiments are the simple
experience of variation of cable thrust with sag (and its
inversion in a truss), and the reshaping of a funicular
polygon into a catenary curve or a parabola (and its
inversion in an arch).
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Figure 5: Fabrication and demonstration of a reciprocal
frame arch
Figure 4: Small scale structural models: simulation of a
truss (up) and stress change in the reverse configuration
(down)

Fabrication of small scale structures is an additional
component of the scientific observation strategy, and also
relates to the development of creative, problem-solving
skills (Figure 5).
Reciprocal frames, gridshells and folded plate structures
have been fabricated in small scale exemplars,
manipulating pliable wood strips, paper, string, and all
familiar objects. Experiments were performed to analyze
the relationships between structural shape, load
configuration and structural behavior.
The quality and the usefulness of observations also
depend on the language available to the observer.
Considering the limited exposure of WSE students to the
course topics/terminology (e.g. architecture) one of the
aims of the course was to train students to develop and use
a relevant technical language, to be objective and precise
in their reporting and recording of observed
objects/phenomena.
Materiality and scale are fundamental concepts that
students cannot understand through models.
The link between scaled structures and full scale buildings
is provided in the course through guided and individual
observations of actual buildings. Case studies, with
different wood materials, timber systems and type of
connections are analysed.
Comparison between the actual object (i.e. building) and
the models or technical drawings is an important phase of
the analytic process.
A material library of engineered wood products has also
been created, to include an additional physical component
to the course.
Students were encouraged to browse the collection, touch
and smell the samples, feel their weight and tactility; in
other words, consider the haptic possibilities that open up
when a designer or engineer engages a material.

The course features a short-term final project, in which
students are encouraged to explore and understand the
behaviour of a specific structural system, linking that
topic to a personal, extra-curricular interest. Topics
chosen by the students vary from ship and roof building,
to pre- and post-tensioning in musical instruments and
structures, among others.
2.2 FUTURE ACTIVITIES AND COURSES
The implementation of the OSU-UO joint degree program
will be only partially based on the adaptation of existing
courses at the two Departments. It will mainly require the
development of a number of new common courses and,
accordingly, a close collaboration between instructors
from the two institutions.
Bureaucratic and organizational constraints, such as
equivalence of credits/course hours, availability of spaces,
logistics, etc. have to be considered and solved.
Hybrid classes are considered as possible strategies to
limit students commuting between the two universities
(80 km distance).
In typical hybrid models, the online portion (half of the
course content) is largely asynchronous. This can limit the
spontaneity of the interaction between teacher and
students and among students.
Discussion online has been already tested as a
complementary moment of the face-to-face course in
WSE 299. Some weaknesses have been identified, such as
the tendency to procrastinate discussion. On the other
hand, strengths of this discussion model can be a more
flexible participation and deeper reflection.
Hybrid models will be used only for the delivery of
specific content, while direct participation will still be an
indispensable component of course schedule types, such
as design studios and hands-on workshops.
In the new implemented architectural courses, the basic
objectives of the studio will be maintained, while
investigating the application of the lecture content to case
studies using dynamic modelling techniques, and then to
design and construction of full-scale installations.
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The shift from small scale formal models, typically
elaborated in design studio classes, to full-scale
construction, as produced in hands-on workshop
activities, is complex. An abrupt scale transition can risk
to compromise the learning process and the final result
[6].
Iterative models of increased scale are identified, in
different didactic experiences [6], as an opportunity for
students to test design details prior to full scale
construction. “Proof of concept” models are used to
evaluate decisions at the scale of the structural system,
while full-scale models allow testing material
performance and fabrication techniques, at the scale of
individual members and connections.
Materialization of knowledge through an information
chain, which finishes at the building site by the realization
of the artefact, is envisioned in the new multi-disciplinary
program. Problem-solving oriented capstone courses
based on design-build experiences will add fundamental
formative elements to the curricula, including
considerations of budget, schedule, and site constraints.

3 “WOODEN CONSTRUCTIONS” AT
NTNU
The graduate course on “Wooden Constructions”, at the
Norwegian University of Science and Technology
(NTNU), Faculty of Architecture and Fine Art (Prof. Jan
Siem, Bjørn Otto Braaten and Arnstein Olav Gilberg)
represents an exemplary case of integrated design-build
learning experience.
During the course, students can experiment with a unique
opportunity to develop and build full-scale projects.
3.1.1 Students
About 15-18 students participate every year to the course.
They are master- level students, who have studied
architecture for at least three years. They write a
motivation letter as an application. Grades are normally
not taken into account when applying the course. There
are about 50 /50 male and female students in the courses
and normally 1/3 -1/2 are exchange students from other
(mostly) European countries. The language used in the
course is English. Having students from many different
countries, is a part of the social idea of the course. This,
however, also implies that the students come from very
different pedagogical traditions.
Students work in the course project in team units of 4-5
people. They have to adjust to both personal and cultural
differences within the teamwork.
Different background in learning cultures can be
challenging, but in the end these challenges are also the
most rewarding. Students really learn to take
responsibility for their own learning as a group and not
just as individuals.

3.1.2 Course organization and activities
At NTNU, full-size building projects have been
implemented in many ways: as curriculum workshops;
external workshops and student-initiated workshops.
The first type of activity is part of a semester course,
designed as a workshop classroom, where the teacher is a
partner in the learning process, guiding students to
independently discover the expressive and technical
potentialities of wood as a construction material.
The project design course (15 SP) and the integrated
theory course (7,5 SP) are run by a team of three teachers
with a total of ca. 1000 hours (600h /course
manager+200h+200h).
The one semester project develops in different stages, for
a total duration of 14 weeks, involving the students,
almost full time.
Site visits and brainstorming sessions are the first steps of
the design process. Brainstorming sessions are intended to
expose the students to stakeholders’ (e.g. kinder-garden
children nearby the site) and client’s (i.e. the municipality
of Rindal) expectations.
Along with the teachers, students are asked to present and
discuss the main curricular topics of the course (i.e.
trusses, frames and solid wood, bracing, properties of
wood, construction products, connections and protection).
Here, the teacher plays the role of a coach, providing
feedback and provoking reflection and articulation of
what was learned.
The first phase of the design program follows, consisting
of the development of individual concepts. The Integral
theory (AQAL) [7] is used here to stimulate the creative
process, as an elaboration of construct-awareness, egoawareness, relational-awareness, and system awareness.
The next step is the development of a group-level (shared)
project from the individual (personal) projects: typically,
the definition of the shared project is based on a selection
and fusion of ideas and solutions from the individual
contributions.
Ten days of the course are dedicated to the building
process, where five days are spent on prefabrication in the
workshop at the University and five days at the site,
erecting the structure. All work, except foundations, are
done by the students
The scale of the full-size buildings proposed in the course
is small but still significant and challenging: a birdwatching tower (2012) [8]; a stargazing structure (2015)
[9] (Figure 6-7). In the last week, the students produce a
report, and a video, documenting the projects and the
process.
The challenges are multiple in doing such projects, both
for the students and for the teachers.
There are organizational challenges; the course and its
execution have to be well planned a long time before it
starts. All kind of deals with external partners
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(municipality, external financing, building permit etc.)
have to be confirmed at least 3-6 months in advance.
This kind of course also need ca 25-30 % more personal
resources than traditional courses.
The economical aspect is a major limitation that needs to
be taken special care of by the course manager.
To cover construction costs (material costs of the built
structure) external sponsor are involved in the project.
As in almost every real life architectural design project,
limitations are the edifying elements of the project itself.
There are limitations on all levels and in all directions:
economical limitations, legally limitations, limitations
concerning time, structural and material limitations and so
on.
At the same time, these limitations represent the
framework that the projects base their concepts on [10].
The most challenging limitation is the time factor. When
it is decided which project to build, everything moves
very fast. The time frame of fourteen-day construction
work is a real challenge. The weather conditions may also
represent major challenges (rain, wind and cold weather).
All these challenges, however, expose the students to the
complexity of a real life situation, both as a process and
as a product. Students understand the importance of
detailing (1:5, 1:2 and 1:1), as a natural consequence of
the process, and experience how fundamental team work
is to achieve a high quality product.
The gap between theory and practice is bridged.

Figure 7: “Star Cube” (2015) – the building and its users

OSU-UO joint program, open to both WSE and
Architecture students.
The course on “Wooden Construction” offered at the
Architecture students at NTNU is here presented as an
exemplary experience, for the development of capstone
full-scale projects and integrated practice.
When designing and developing this type of courses,
awareness of didactic advantages as well as of
organizational challenges and constrains is necessary.
Figure 6: “Star Cube” (2015) - the fabricated stargazing
tower– building site

Despite the different background (i.e. heterogeneous vs
homogeneous student curricula), similar challenges are

4 CONCLUSIONS

set to both the learners and the instructors in the two
teaching programs, at OSU-UO and NTNU.

A methodology, for introducing wood structures to
undergraduate students of the wood science and
engineering RM program at OSU, has been developed in
WSE 299 course. Effectiveness and limitations, in the
experimented approaches are evaluated, during the first
year experimentation. Also, student’s interests (i.e. based
on prior knowledge and career expectations) are explored,
with regard to the new curricular topics, introduced by the
course.
Outcomes will be used to fine-tune the course itself, as
well to identify educational priorities and didactic
strategies for the new courses that will be developed in the

Challenges include:
- to experiment with more fluid and pre-defined
learning processes, where the borders between
learner and instructor are intentionally blurred and
shifted;
- to link learning objectives to an effective productive
collaboration, amongst students, between students
and instructors, amongst instructors.
In both cases, “design” and “doing” is both WHAT and
HOW the students learn.
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INTERDISCIPLINARY DESIGN PROJECTS AND PRACTICAL PROJECT
WORK IN THE EDUCATION OF CIVIL ENGINEERS
Samuel Ebert 1, Philipp Dietsch2, Stefan Winter3

ABSTRACT: The original and primary objective for Universities is the education of students to become skilled and
responsible professionals, e.g. engineers. Therefore, the balance between theoretical knowledge transfer and practical
application has to be managed with care. Within this realm, the call for suitable and practice oriented education
including the conveyance of knowledge from adjacent domains and interaction to these is getting louder. This paper
illustrates an educational approach developed at the Chair of Timber Structures and Building Construction that tries to
balance the teaching and related testing of theoretical, high-standard academic knowledge with the acquisition of
important practical skills and experience. The latter is best being achieved with practical projects. These begin in the
second semester with a simple structural design task, increase successively in complexity and thematic range over the
years, and end with an inter-disciplinary design project in the last semester of Master`s studies.
KEYWORDS: education, civil engineering, architecture, design projects, interdisciplinary work

1 INTRODUCTION
This paper presents the educational concept developed at
the Chair of Timber Structures and Building Construction
of the Technical University of Munich (TUM) as a part of
the education for future Civil Engineers. The importance
of practical project works and the balance between
theoretical knowledge transfer and practical application is
outlined along the educational suite followed by the
Master`s students and recently adapted and improved
Bachelors Curriculum.

2 MAIN EDUCATIONAL CONCEPT
The Chair of Timber Structures and Building
Construction at the Technical University of Munich
(TUM) in Germany concentrates on two main teaching
areas during the Bachelor`s and Master`s Studies.
One is the general education in ‘Building Construction’,
which is material unspecific and covers a number of
basics necessary for every Civil Engineer, no matter what
she/he will specialise on in the future. These courses start
in the Bachelor`s Program during the very first semesters
with the basic courses in building construction,
descriptive geometry and the design of structures. These
1

subjects are deepened in the higher semesters. Within the
Master`s Studies and in particular in the area of
specialization in Building Construction, the education is
extended in the fields of specific principles of building
construction, damage control, fire safety and life cycle
engineering.
On the other side, the Chair has a strong focus on ‘Timber
Structures’. Courses covering this subject start during the
late Bachelor`s Program with the basics of structural
timber design, followed by a course on the design and
construction of timber houses. Students can largely extend
this knowledge during their Master`s Studies in the fields
of timber engineering, timber bridges, timber in
construction (materials science), and small structural
design projects.
As part of the TUM standard for excellent teaching, the
structure of the courses is based on the concept of
‘Constructive Alignment’. This principle describes the
alignment of examination methods according to preformulated learning results (see Figure 1). This guarantees
the conformity of the students’ goal to perform well in the
exams with the teaching goals. In addition, the methods
of teaching and learning can be adapted to match the
intended learning results. Important elements within this

Samuel Ebert, M.Sc. samuel.ebert@tum.de
Dr.-Ing. Philipp Dietsch, dietsch@tum.de
3
Univ.-Prof. Dr.-Ing. Stefan Winter, Technische Universität München, winter@tum.de
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are the visualization of the learning content, a wellbalanced interweaving of self-study and attendance time
as well as the motivation of students to cooperate and to
think for themselves during the lecture [1].

and dimension of the project works. Besides testing the
students’ knowledge, imitated real life projects imply the
great opportunity to provide them with all the skills
described above.

3 CONVEYING KNOWLEDGE COURSE DISCRIPTION
3.1 BACHELOR`S COURSES
In the Civil Engineering education at the Faculty of Civil,
Geo and Environmental Engineering at TUM, the Chair
of Timber Structures and Building Construction is
responsible for the Bachelor`s courses during the
Semester 1-6, listed in Figure 2. The following description
of courses is given in a chronological order starting in the
first semester.

Figure 1: The concept of Constructive Alignment [1]

1

CONSTRUCTION

STRUCTURES

Written Exam

Written Exam

Descriptive
Geometry
Building
Construction 1

2
BACHELOR

Lectures are the main teaching method though only
selected parts of their content can be tested in written
exams. Written exams cover the theoretical aspect but fall
short on important skills. Written exams can result in a
preparation that emphasises on the theoretic testing
environment and focuses on short-term knowledge.
Future working life situations are the motivation for the
strong focus on practical Project Work as a method to test
skills practically already during education. In real life,
young professionals need the ability to analyse problems,
to separate complex matters into sub-problems and to
solve these problems without losing sight of the whole
picture. Instead of specific one-dimensional exam
questions, the students face diversified and complex tasks,
which they have to analyse and transform into solvable
sub-tasks. For this challenge, they often work in small
groups where they also have to learn how to articulate
technical problems and solution approaches, either by
traditional means like sketches and plans or by written
reports, oral presentations or posters.
When confronting the students with a new learning
approach with multi-dimensional aspects, the task
description and problem setting has to be carefully
adjusted to the level of the student body. If the complexity
of the tasks exceeds the ability of the group, the learning
effect likely ends in frustration and resignation.
Therefore, the approach is to start with a very simple and
motivating project and to slowly increase the difficulty

TIMBER

Project Work

The Chair tries to follow this concept by adapting
appropriate examination methods and suitable course
concepts to the formulated learning results for each course
and teaching area.
As a result of the objective to align theoretical knowledge
transfer and practical application, the Chair tries to follow
one simple principle throughout the entire education
concept:
“As few exams as necessary and as much practical
design work as possible.”

BUILDING

Design of
Structures 1
Design-Build
Project
Timber Structures
– Basic Module

4
5

Building
Construction 2

Timber Structures
– Suppl. Module

Design of
Structures 2
6

Building
Construction 3

Figure 2: Flow Chart of the Bachelor`s Courses given by the
Chair of Timber Structures and Building Construction

1st Semester
In ‘Descriptive Geometry’ the students learn different
ways to produce graphical representations of technical
objects. The course focuses on the transfer of threedimensional objects into a two-dimensional drawing and
how these drawings are professionally processed, so that
finally a standardized technical drawing evolves.
Different additional drawing methods are shown and
applied. The students have to attend this course during the
first semester and it is finalised with a written exam.
The extensive knowledge to be conveyed on ‘Building
Construction’ is taught in three stages over the first three
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years in the Bachelor`s Program. In the first semester
‘Building Construction 1’ covers all knowledge about
different construction materials like timber, steel,
concrete, masonry and the typical ways they are
processed, built and joined. Additional lectures cover the
topics of insulation, sealing and foundations of buildings,
interior work and aspects of a typical planning processes.
Tutorials about the design and construction of typical
building details complete the courses content. The
students have to write an exam to finish this first course.
2nd Semester
The knowledge to be conveyed on the ‘Design of
Structures’ is also separated into two consecutive parts.
‘Design of Structures 1’ takes part in the second semester
and represents the first confrontation of the students with
structures. Therefore the students are first of all taught the
basic technical terms and functions that are related to
structures. They then learn how to identify load bearing
structures in a building, how to break down structures to
abstract load bearing systems and how these systems act
separately or as part of a more complex total system.
Another important part of this course is the description of
standardized loads, the way they act on the system and
finally the materials reaction to the load. For these parts,
the students have to write an exam to finalise the course.
Part of the course ‘Design of Structures’ is a ‘DesignBuild-Project’. This project work introduces the students
to their first self-designed project and is accompanied by
tutorials. The students work together in groups. They
learn how to approach a specific problem, by firstly
analysing the problem, secondly developing alternatives,
and in the end derive and implement a structure, work out
details and present their work in writing and as a built
(small) structure (see Chapter 4.2.1).
4th Semester
In the fourth semester the students are given material
specific lectures. ‘Timber Structures – Basic Module’ is
the first course for students with a focus on timber.
The aim of the introductory course is to connect the
knowledge obtained in the basic courses in structural
analysis and mechanics with the design according to
standards and under consideration of the special
characteristics of timber as a building material. The
content stretches from timber properties, structural
elements and dimensioning to ultimate limit states design
as well as serviceability limit states design. A strong focus
is laid on connection techniques and the correct design of
connections. The course is finished with an introduction
into durability and fire protection. The course is divided
into lectures and exercise sessions with voluntary
assignments for training purposes and finishes with a
written exam.
5th Semester
‘Building Construction 2’ in the fifth semester covers the
remaining basics of building construction such as glazing,
windows, building envelope, membrane structures and the
completion of the interior and stairways. In the end,
students are able to plan and represent the construction of
external and interior construction methods.

The scope of the course ‘Timber Structures
Supplementary Module’ is to give the students an
understanding of the particularities in the design and
planning of timber houses. The course begins with an
introduction of construction methods, covers the topics of
prefabrication and assembly of elements and houses,
followed by lectures about passive houses, thermal
aspects, wall, floor and roof structures and design as well
as moisture, sound and fire protection.
An indispensable part of this course is the Condetti
Workshop, which allows students to individually design
timber elements and details of timber houses and discuss
these and their effects and possible consequences with
fellow students and the lecturer (see Chapter 4.2.4).
The course ‘Design of Structures 2’ in the fifth semester
builds upon the acquired skills and knowledge of the first
part as well as the combination of several additional
aspects of their education in statics, mechanics and
structural material sciences (e.g. steel, timber, solid
construction). In addition to the lectures, a series of
tutorials is used to demonstrate the approach and the
structure of a structural calculation of a building. As part
of a project work, the students have time to work out their
own structural calculation in groups. This project is meant
to teach the students the application of their knowledge
acquired in the courses on ‘Design of Structures’ on real
life calculation tasks or for subsequent more complex
design projects (see Chapter 4.2.4).
6th Semester
The third part ‘Building Construction 3’ is called
“Building in the Building Stock”. It views building
construction from another standpoint. Aiming at
equipping the students with skills to analyse typical
existing buildings, they receive a brief introduction in
building and architecture history, followed by lectures
about typical historical and era-specific constructions and
their weaknesses. Experiences from building damages,
typical deterioration symptoms and feasible methods of
analysis and corresponding monitoring or measuring
equipment are also an essential part of this course. The
second half of the semester is dedicated to the students
focussing on the analysis and rehabilitation of an existing
building, which simultaneously represents the
examination work for this course (see Chapter 4.2.2).
3.2 MASTER`S COURSES
3.2.1 Structure of the Master`s Program
In the Master`s Program of the Faculty of Civil, Geo and
Environmental Engineering of TUM the students
specialise their knowledge in four different fields of
choice. The Chair of Timber Structures and Building
Construction is the only Chair responsible for two areas
of specialisation during the estimated four semesters in
the Master`s Program, both are shown in Figure 3. In
addition to that, the Chair offers courses in other Master`s
Programs, e.g. Master in Environmental Engineering and
Master in Energy-efficient and Sustainable Building.
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Fire
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Timber
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Interdisciplinary Design Project
Figure 3: Flow Chart of the Master`s Courses given by the
Chair of Timber Structures and Building Construction (CC
means Compulsory Course)

Every specialisation comprises compulsory as well as
optional courses from which the students have to choose
a certain number. Half of the optional courses have to be
chosen from the related specialisation, the other half may
be chosen from other areas.
3.2.2 Specialisation in Building Construction
The Specialisation in Building Construction consists of
three compulsory courses (‘Basics of Fire Protection’,
‘Principles in Building Construction’ and ‘Experience
through Damage’) and various optional courses covering
specific aspects of Building Construction like the
simulation of buildings (‘Transient System Simulation 1
& 2’) and sustainability (‘Life-Cycle Assessment’).
Most courses offered during the Master include individual
design projects, which are, compared to the Bachelor`s
Level, much closer to the practice of a design engineer. In
the following, the courses are briefly described.
Compulsory Courses (CC)
The Module ‘Basics of Fire Protection’ covers all major
themes of fire protection divided into basic knowledge,
passive and active fire safety measures. The basics cover
topics as fire origin, fire spread and fire exposure, building
materials and elements, fire protection concepts, causes of
fire, fire behaviour of materials and constructions,
preventive fire protection. Within the passive fire

protection, the requirements of building authorities will be
considered, which are mainly influenced by the life safety
and safety for loss of property, including the building
itself, neighbouring property, requirements and design of
building elements, structural calculation methods for fire
exposure as well as means of escape. Active five
protection measures include topics, such as equipment
and strategies of fire departments, fire inspection and fire
protection concepts. The course finishes with the
elaboration of a customised fire protection concept
regarding the safety goals of building authorities.
The compulsory module 'Advanced Building
Construction' consists of the two courses 'Principles in
Building Construction' and 'Experience through Damage'
that take place during winter semester and the following
summer semester.
The course 'Principles in Building Construction' aims to
supplement the knowledge obtained in 'Building
Construction 1-3' and teaches the abstract principles of
building construction on a material independent level. The
course stretches from topics like safety principles, basics
of joining, to extended criteria for the choice of building
materials or building components and construction types.
Moreover, interdisciplinary aspects like architectural
principles of building construction, interaction between
people and buildings as well as the integration of technical
building equipment in buildings and load bearing
structures are covered.
The course 'Experience through Damage' teaches
students how to detect causes of damage, analyse the
damage extent and apply methods of repairing the
damage. The course topics are linked to current research
and include multiple types of material. In addition,
students will learn about typical types of damage, analysis
methods and methods for refurbishment with a focus on
examples of damage and restoration, as well as sampling
and material testing. One essential element of the course
is a student project work on a case study. The students will
apply the course content by documenting and analysing a
real building and present the results with a short
presentation and a written building inspection report (see
Chapter 4.2.3).
Optional Courses
The optional courses in the specialisation area ‘Building
Construction’ cover a relatively wide range of
interdisciplinary topics.
‘Transient System Simulation 1’ is a course that deals with
the modelling of transient thermal systems with the
Thermal Building Simulation software TRNSYS.
Students learn how to define simulation models, to
construct simulation models successively and to evaluate
these and their results critically. By means of selfestablished models the students shall be enabled to
evaluate the effects of the choice of glass quality, shading,
mass, insulation and type of infiltration, the occupation
and utilisation of the building and additional building
services. After the successful participation in this course,
students will be able to make energy and climate related
planning decisions quantifiable, distinguishable, and
justifiable. To finish the course, the students have to write
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a report about their individual simulation project,
explaining the solutions they have developed (see Chapter
4.2.4).
In the following semester, the topic is continued with the
course ‘Transient System Simulation 2’. This course
focuses on the simulation of renewable energy sources as
well as the illustration of building energy systems and
their physical properties in TRNSYS. The content
addresses the topics of thermal solar energy (solar
collectors, tanks, pumps, heat exchangers), electrical
island systems (PV cells, wind turbines, battery banks,
inverter) and adapt these to the specific user demand
profiles and the individual project works. After
completion, the students will be able to apply different
types of energy sources to individual buildings and their
respective usage patterns, as well as simulate and design
these in combination with each other.
The course ‘Life-Cycle Assessment’ teaches the
methodology of assessing the environmental performance
of systems, e.g. buildings. The content begins with an
overview of the necessity and importance of life cycle
assessment (LCA) as one method to measure aspects of
sustainability. Following that, aspects like process and
work-flow systems, inventory analysis and environmental
impact analysis are taught and completed by special
requirements for building LCAs, national and
international regulations, product declarations (content
and benefits), life-cycle of materials and construction as
well as other evaluation methods. An interactive
workshop imparts the application of LCA-software-tools
like LEGEP or GaBi.
‘Fire engineering’ extends the content of the previously
taught course ‘Basics of Fire Protection’. This course
provides an understanding of analytical and experimental
methods in fire engineering in respect to fire and smoke
spread, the structural design, the design of escape routes
and occupant safety. The content covers topics from fire
risk assessment, design fires, structural design methods
for the case of fire, smoke spread and smoke simulation
via evacuation analysis finalizing with fire safety for
special structures and fire protection in the building stock.
The lectures are extended by seminars and two voluntary
homework assignments to apply the obtained knowledge
individually.
The ‘Interdisciplinary Design Project in Building
Construction’ brings the previous courses and their
content to application in a unique task to be fulfilled in a
team with Architects and other Engineers, see Chapter
4.3.
‘Special Topics in building construction’ see Chapter
3.2.3.
3.2.3 Specialisation in Timber Structures
The second Specialisation area offered by the Chair is
‘Timber Structures’, consisting of three compulsory
courses (‘Timber Engineering 1 & 2’, ‘Timber in
Construction’) and further optional courses for
application of knowledge in design and detailing (‘Timber

Bridges’, Design of Timber Structures” and ‘Special
Topics in Timber Engineering).
Compulsory Courses (CC)
The compulsory module ‘Timber Engineering’' consists
of the two courses ‘Timber Engineering 1’ and ‘Timber
Engineering 2' which take place during winter semester
and the following summer semester.
The course ‘Timber Engineering 1’ gives the students a
deeper comprehension of the particularities in the design
of large-span timber structures. The content stretches
from timber products and the design of structural elements
for large-span timber structures to bracing systems and
secondary structures. This is followed by the design of
notched members, holes, cross-connections and their
reinforcement and finalized by gluing and glued
structures. The lectures are supplemented by exercise
sessions and excursions. In the individual assessment, the
students have to realize the structural design of all primary
structural elements of a typical hall structure.
The following course ‘Timber Engineering 2’ conveys
additional knowledge and specialities in the analysis and
design of timber structures and connects the education on
timber structures with the state of the art in research. This
includes new developments and applications like plane
timber structures from timber-concrete-composites and
cross-laminated timber. In addition, the students will be
introduced into robustness measures and dynamic
analysis. The second major element in this course is the
concentration on the assessment reinforcement and
maintenance of existing timber buildings, including
materials testing. A written exam concludes this module.
The second mandatory module ‘Timber in Construction’
focuses on material related aspects in the application of
timber as a building material. The topics taught in this
course can be separated into two main blocks. The first
block offers a comprehensive treatise of the specific
characteristics of timber as a building material, e.g. wood
species and their identification, mechanical and physical
properties and test methods, gluing and wood-based
products as well as rheology and time dependent
properties. The second block offers insight into the
theoretical background and practical issues in selected
fields of application of timber in construction from
reliability, safety factors and load sharing via analysis and
FEM modelling of timber structures and connections,
durability and service life performance to the behaviour
of timber structures in earthquakes.
Optional Courses
The aim of the module ‘Design of Timber Structures’ is
to convey an understanding of structural systems, their
realisation and approximate dimensioning. It all starts
with an overview of existing design tools from teaching
basic techniques to develop primary structural designs
and construction details. This is followed by
understanding of structures, trained on the basis of
existing timber buildings, where the associated structural
systems shall be recognised and abstracted into a static
model. Finally the students work out solutions for
construction details (e.g. joints) according to a given
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structure or static model. The course is finalized with a
design task, see Chapter 4.2.4.
The optional course ‘Design of Timber Bridges’ starts
with the history of timber bridges, focusing then on
typical structural systems by examination of exemplary
projects. This is followed by design-related aspects like
specific load compilation, fatigue verification,
verification of vibrations or ensuring durability by
suitable construction principles. The chosen teaching
method is to complement the lectures with presentations
by the students on exemplary timber bridges followed by
the presentation of individual design solutions developed
by the students for a specific design case. These already
form part of the examination in addition with a written
exam (see Chapter 4.2.4).

the design concept or special materials used can also be
considered in the grading of the final result. The design
process takes place during the whole semester and is
accompanied by tutorials, exercises and lectures. Finally,
the professor tests the bridge during a large event at the
end of the semester (see Figure 4). In addition, the
students have to hand in a written report of their project
work consisting of a documentation of the design process,
evaluation of the structure, basic calculations and plans
and sketches.

‘Special Topics in Timber Engineering or Building
Construction’ gives students the opportunity to address a
specific chosen topic independently. The exam consists of
a written project report similar to a student thesis,
outlining the results and expertise in the discussed topic.
The ‘Interdisciplinary Design Project in Timber
Structures’ follows a similar structure and objectives as
the design project in the specification of building
construction, see Chapter 4.3.

4 APPLICATION OF KNOWLEDGE
4.1 BACKGROUND

Figure 4: Bridge testing at the inner courtyard of TUM

The bridges have to be erected by the team in less than 30
minutes prior to testing and have to withstand every
weather condition (see Figures 5 and 6).

The main objective of the educational concept for Civil
Engineers at the Chair of Timber Structures and Building
Construction is to give the students everything they need
to become well-educated and responsible engineers.
Theoretic knowledge has to be profound and deep but
cannot provide all necessary skills. It has to be
complemented by important skills gained in practice.
With the graduation, the students should be able to tackle
real life problems drawing upon the education they
received.
The following Sections will focus on the courses of the
program that include practical project work and design
projects as an integral part of the course or its finalization,
showing them in chronological order. The aim of these
chapters is to highlight the process of increasing
proximity to real life planning processes and the
qualification the students receive while undergoing this
process.

Figure 5: Bridge testing under heavy rain

4.2 PRACTICAL PROJECT WORK
4.2.1 Design-Build Project (Design of Structures)
The ‘Design-Build-Project’ as part of the course ‘Design
of Structures’ is called ‘Bridge out of the bag’. Students
work in a group of five individuals, having to design a
bridge according to a number of strict specifications, like
span-width, height, weight and the maximum dimensions.
The structure has to fit in a 120 litre waste bag even
though the total dimensions of the final bridge exceed the
dimensions of the bag by far. The goal is that the professor
can cross the bridge appropriately. Additional aspects like

Figure 6: Teamwork in 30 minutes bridge assembling

The primary learning objective for the students is to tackle
a problem together by firstly analysing and understanding
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the problem, developing variant solutions and finally
evaluate, ponder and execute one solution. Furthermore,
the students learn time management, the ability of
abstraction, independent teamwork and thorough
execution (see Figure 7).

Figure 7: Thoroughly detailed and worked out bridge design

At the end of the bridge testing, the winners of different
categories are selected and honoured. Prices are given for
the lightest bridge and special credits are given for design
or reusability (see Figure 8). The results of the previous
year’s show a consistent high effort and excitement of the
students with a great variety of different solutions (see
Figure 9).

4.2.2 Building Construction 3
The project work in ‘Building Construction 3’ changes
regularly over the years. The focus lies on buildings in the
existing building stock. For the last years, it was the
renovation and modernization of different alpine shelter
buildings from the DAV (German Alpine Club) in such a
way, that the renovated structure would comply with
modern energy requirements and local boundary
conditions. In the beginning, the students receive lectures
about building history and how to approach the analysis
of existing buildings. During an excursion, the theory
comes into practice by classifying the building in
consideration historically, by measuring and drawing the
existing structure and by assessing its quality in
comparison with a modern standard and with regard to the
future hypothetical use or refurbishment (see Figure 10).
In a second step, the students have to conceptualise ways
to modernise the building. At the end of this stage, the
future renovation concept has to be qualitatively clear and
well distinguishable from alternative concepts. The final
part is a detailed planning of the implementation steps that
have to be followed, both in terms of the demolition of
parts of the structure and in terms of new-built parts.
In comparison with the first project ‘bridge out of the
bag’, the students have to deal with a problem that is far
more complex as it is situated in a real-life surrounding.
The variety of parameters they have to consider stretching
from the geometry of the building, structural behaviour,
materials, loads and stresses to aspects of thermal,
moisture, acoustic and long-time behaviour forces the
students to think in a nuanced way for solutions. In
addition, they have to involve restrictions that are
characteristic for the planning with existing buildings. At
the end of the course, students are able to plan and
represent a building survey and restoration of building
constructions. The participating students are regularly
supervised during the semester by a mixed team of Civil
Engineers and Architects.

Figure 8: Winner for ‘Best Design’ for a foldable bridge
design

Figure 10: Students at work analysing the ‘Riesnhütte’

Figure 9: Variety of bridges being assembled and waiting to be
tested

4.2.3 Experience through Damage
The project work in the course 'Experience through
Damage' was quite recently developed and established.
The main task of this project is to write a building
inspection report in groups of maximum four students.
The student project work on an exemplary case of
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building damage is built upon the content of the lectures
and pursues and deepens the skills acquired in the project
of ‘Building Construction 3’. The students start with a
complete and independent mapping and description of the
object in the field (see Figure 11) focusing on a
comprehensible and thoroughly documented damage
report. Afterwards the damages are analysed in the whole
building context according to the damage type, damage
extend and the underlying damage cause has to be worked
out consistently (see Figure 12). The nominal condition
has to be determined and compared to the actual state to
figure out all inconsistencies. Finally, the students have to
make suggestions for refurbishment according to the prior
damage analysis. The results have to be displayed in a
final presentation as well as in a clear and comprehensible
written inspection report with a full documentation of
plans, sketches and calculations. Compared to the analysis
of buildings in the Bachelor`s Program, this project work
demands a more detailed documentation and a thorough
analysis by applying the whole knowledge gained so far
to build up a stringent argument of damage causes.
Students develop skills to document, analyse and evaluate
damages in buildings and to apply repairing methods.

Figure 11: Building with severe façade damages, exemplifying
one case study in ‘Experience through Damage’

In the Bachelor`s Program the content of the studies in
Timber Structures (Basic and Supplementary Module) is
deepened by practical workshop called ‘Condetti
Workshop’ [3] in which solutions for detailing presented
at first and secondly developed individually by the
students in order to apply and understand the science of
structural, thermal, moisture and acoustic behaviour. The
format of a workshop offers the opportunity to discuss
open questions together, to close outstanding knowledge
gaps and to go into detail if necessary.
The project work in ‘Design of Structures 2’ leads the
students to the application of the theoretical knowledge
and shows quite clearly how deep their comprehension of
the syllabus stretches. The calculation of a whole building
and the correlation within prepares the students
simultaneously for exercise in practice as well for
subsequent design projects in the Master`s Program.
Additional practical project works in the Master`s
Program are implemented in the courses ‘Transient
System Simulation 1 & 2’ wherein the lecture is built upon
an exemplary building and the students have to follow up
by simulating their own part of a building of choice. The
second course is established subsequently and uses the
prior simulation to extend the simulation and analysis.
The close working environment with the students on
examples offers the best learning results in handling the
software properly.
In the course ‘Design of Timber Structures’, groups of
four students are given the task to design the primary
structure of a showroom. In the course ‘Design of Timber
Bridges’ groups of four students have the choice between
two design tasks for a pedestrian bridge. In both courses,
the students are asked to realize variant studies,
preliminary dimensioning of the primary structure, to
draw structural plans and to detail two connections of
choice. The final design is presented and defended in front
of fellow students. A written report, documenting all the
work is handed over to the supervisors.
4.3 INTERDISCIPLINARY DESIGN PROJECTS

Figure 12: Analysis of causes for damage on the example of
crack monitoring

4.2.4 Additional Practical Project Examples
The Chair of Timber Structures and Building
Construction offers a lot more of practical project works
and several courses and modules, which cannot be
explained in detail in this paper. A short overview of the
courses and outline of the practical work is presented
below.

4.3.1 Background
The interdisciplinary design project during the ninth
semester is the final and outstanding point of the
contribution of the Chair of Timber Structures and
Building Construction to the students’ education in Civil
Engineering.
At this final stage of the students’ education, the least
internalized abilities are the following:
- to integrate divergent requirements that come from
different disciplines into a whole concept and to
justify their decisions either quantitatively or
qualitatively,
- to follow a process that starts at a conceptual stage,
goes on to a reasonable choice of design options which
are then accepted or rejected and which finishes at the
thorough detailing of the final design,
- to present results precisely, be it by drawings, written
reports or oral presentations.
The design project is a cooperation between the Chair of
Timber Structures and Building Construction at the
Faculty of Civil Engineering and the Chair of
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Architectural Design and Timber Construction (Prof.
Hermann Kaufmann). Architecture students work
together with engineering students in groups of three or
four.
The supervision is very close to not overexert the students.
Meetings between supervisors and students are held on a
weekly basis with fixed presentations and discussions. At
the end of the semester, the students present their final
design in front of the professors and an independent jury
of the Munich Association of Architects and Engineers
who assess the different student projects and award prizes
to the three best results.

winning design was erected together with the students and
local workers in the centre of Lusaka (see Figure 14).

4.3.2 Kindergarten Raithby/South Africa, DesignBuild-Project
Kindergarten for 80 children in Raithby (DBP), South
Africa (2008-2009)
For the first Design-Build-Project realized within the
cooperation between the two Chairs, the interested reader
is referred to [4]

4.3.4 Desertwood
Desertwood, multi-functional building at the Ain Sham
University in Cairo (2015 – ongoing)
In summer 2015, an intercultural collaboration project
took place designing a multifunctional building at the
campus of Ain Sham University in Cairo. Against the
background of the future availability of timber from
afforestation areas irrigated by treated sewage water from
Cairo, an international group of both Egyptian and
German students developed different building solutions
with timber (see Figure 15).

4.3.3 Green School Zambia, Design-Build-Project
Prototypical school building Woodlands, Lusaka (DBP),
Zambia (2013-2014) followed by the project
Green School Zambia (DBP), research cooperation (2014
– ongoing)
In 2012, the design task was the development of a new
prototype primary school building in Lusaka, Zambia in
cooperation with the Ministry of Education and the
University of Zambia (UNZA). The goal was to improve
the indoor climate conditions, to use local materials and
to minimize the impact on costs and the environment.

After completion of the prototype School Building the
focus of the ongoing cooperation and research now lies on
the installation of a complementary monitoring system to
measure the indoor climate conditions as well as on the
further development of new construction methods, the
energy supply system and an additional biogas concept.
On an interdisciplinary level, a newly developed
education system called “iSchool” is planned to be fully
implemented in the architectural and energetic layout.

Figure 15: Winning Design “Desertwood” presented in Cairo,
Egypt.

Figure 13: Winning Design “Green School Zambia”

The focus of this project lay on the intercultural and
interdisciplinary collaboration as well as on an
international knowledge transfer in the area of timber
architecture and engineering, funded by the DAAD
(German Exchange Service). Part of the project were
several excursions in Egypt and Germany to prepare the
students for collaboration and an intercultural workshop
for better communication in the groups (see Figure 16).

Figure 14: “Green School Zambia” finalised building

This specific Project was planned not only as a Design but
as a Design-Build-Project. The concept of Design-BuildProjects (DBP) consists of a theoretical design phase at
the universities and the implementation by students in the
country itself in the second stage. In summer 2013, the

Figure 16: Intercultural Workshop with Egyptian students
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4.3.5 ‘Neue Heimat’ – Homes for Refugees
Communal accommodation building for refugees in the
city of Munich (2015-2016)
In the winter term, 2015/16 the design project was linked
to the arrival of hundreds of thousands of refugees in the
summer of 2015 and the need for appropriate
accommodation facilities. The project covered aspects of
socially appropriate answers for living, low-cost solutions
and a high demand of flexibility.

Figure 17: Discussion of intermediate results

In the end, the struggle with the high complexity in
combination with the dimension of the project ended with
some unique solutions (see Figure 18).

intercultural projects involved a high demand for
communication and social interaction, a multidimensional beneficial aspect that has a vast impact on our
traditional view of education. On the one hand, these
projects develop an unmatched enthusiasm and
participation among the students involved, combined with
the satisfying awareness to contribute to sustainable
development. On the other hand, the academic education
benefits from the unique challenge in interdisciplinary
collaboration and the development of social skills that
future Architects and Engineers desperately need, e.g. to
communicate and to solve fundamental differences.
Moreover, the chosen topics often show high relevance to
similar fields of research on academic level.
The link between the theoretical knowledge transfer and
the possibility of practical application and implementation
plays a very essential role in an integral and excellent
education of Civil Engineers. The projects shown in this
paper present various options how this link can be
realised.
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CNC prefabricated modular homes designed and built by students in an
experimental site of architecture in France
Michael Flach1, Odette Baumgartner2 and Roland Maderebner3
ABSTRACT: Today, computer-controlled planning and manufacturing are among the key work processes in timber
engineering and will significantly shape construction techniques in the future. Planning is increasingly adapted to
manufacturing via digital interconnections. Already, when training architects and construction engineers, it is key to
learn to handle computer-aided work and to familiarise oneself with digital networks. This is why the Timber
Engineering Unit of the University of Innsbruck decided to include a CNC assembly system in teaching and research in
connection with CAD training. The aim of this integrated education is to train students so that they are familiarised with
the process chain reaching from computer-controlled planning all the way to realisation and to use the acquired skills in
a specific realisation project in step with actual practice. As one of the first projects, students had the opportunity to
develop modular sleeping quarters for an experimental architecture site in southern France. Here, they were able to
experience the entire process, from planning to completion, starting from an architectural competition all the way to the
finished interior design. This paper presents and puts up for discussion the implementation of this project, the
experiences made in this context, and the education-policy background.
KEYWORDS: Interdisciplinary education, computer aided design, CNC prefabrication, learning by doing, barrels

1 INTRODUCTION 123
Background: in Austria, timber construction has
followed constantly increasing development in the last
years, but growth was limited mainly to one- or twofamily houses. This does not hide the fact that the market
of multi-storey timber buildings, which is attended to
tackle climate change, needs profound structural and
logistical changes for the carpenters and the timber
industry. Computerised design and fabrication have
replaced manual design tools, and CNC cutting machines
are taking the place of classical manufacturing. Timber
construction and its competitiveness are still suffering
from insufficient logistics, overly complicated individual
solutions and a lack of harmonisation between designers
and manufacturing staff. Synchronisation between
design work and manufacturing is needed and should be
part of the education of future architects and engineers
[1].
Therefore, the University of Innsbruck decided in 2005
to apply for a CNC cutting machine in order to
implement computerized design and fabrication technology in the master education program. The application
was successful and as the delays were long to invest in
infrastructure facilities to host the machine, a new
1
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generation of cutting machine called “Robot Drive” has
been developed in the meantime with the manufacturer
of the machine and the experts in robotics of the
University. Further cooperation between University,
different institutions of timber industry and the craft
sector was developed to found a common centre of
competence for CNC fabrication to train architects,
carpenters, software developers, technicians and
engineers. The target was to interconnect professional
education between the actors of the timber fabrication
chain and to create a large interdisciplinary education
program for students as well as for continuous education.
In 2014, when a new master program was implemented
for civil engineers, new courses started in the field of
“building practice and CNC fabrication”. The
introduction into current software tools such as CAD,
Rhino-3D, solid modelling and CNC-cutting technology
and their interfaces allow to enter in a computer based
design culture.
In order to gain access to computerised fabrication the
University of Innsbruck started the development of a
new six axial cutting machine after the successful
application for a CNC cutting machine. The result was a
new CNC-wood-cutting machine from Hundegger called
“robot drive”.
To host the machine, the University teamed up with a
carpenter’s school situated 20 km from Innsbruck and
the confederation of timber industry to found a
competence and training centre for CNC fabrication.
Finally, the whole range of professions involved in the
timber construction process is associated to constitute a
network of research and education in the field of
computer aided design and fabrication. The students of
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architecture and civil engineering, as well as carpenters
and joiners will be trained together to design and
fabricate challenging timber structures as presented in
this session.
While the CNC-cutting machine was installed, the
students of engineering started a new course of “building
practice and CNC fabrication”. They had the opportunity
to join the winning team of a student competition, which
took place one year before on the experimental site of
architecture in Cantercel, France. The objective of the
competition was to design modular houses for students
and to have them built by the students themselves on the
experimental site of architecture in Cantercel in France.

The first building was a 1,000-m² production and
conference hall. The roof construction was executed as a
biaxially stressed timber girder grid. The roof covering
consisted of a pre-stressed scale-shaped membrane (see
Fig. 3).

Fig.3: Girder gird with a membrane construction for the workshops
Fig.1: Digital model of the winning project, the barrel family

Among the selected projects, the so-called “barrel
family” presenting 3 lodges, made of wood and anchored
on a stone wall (see Fig. 1), was chosen by the jury to be
built on the site of Cantercel in association with the
course of “timber practical training courses and CNC
fabrication”. Another project, a tree house, (see Fig. 2)
will be implemented one year later on the University
Campus of Cortes in Corsica.

Fig.2: Model of the “tree house project” to be built in Corsica

2 IMPLEMENTATION OF THE PROJECT
Cantercel was founded in 1989 as an experimental
architecture site, with the aim of developing a natural
site by way of novel and ecologically-minded
architecture. According to its purpose as a training
centre, most buildings were erected in cooperation with
students. In this context, local and renewable building
materials such as stone and wood were predominantly
used. As regards design, a particular focus was on the
integration into the natural site according to the basic
principles of bioclimatic and organic architecture. The
design was implemented by way of innovative loadbearing systems and environmentally compatible
technologies, with the principle of the sparing use of
resources being on top of the agenda.

The first residential building was named Arborescence in
order to designate the ramified building structure that
converges the loads of the green roof in the centre of the
round house (see Fig. 4). The house was built according
to bioclimatic principles, with emphasis being laid on
closed cycles for an independent energy and water
balance [2].

Fig.4: “Arbohouse”, presented at the WCTE 2003 in Lahti

Being a much-visited eco house that has won several
awards, this building offers guests accommodation on
the site, but still, there is a lack of accommodation, in
particular, for groups of students coming to Cantercel for
workshops. Now, the students did not only have the
opportunity to build their accommodation themselves,
but also to develop up-to-date and sustainable modular
construction methods complying with the requirements
placed as to climate protection. The most important thing
for the students was to learn to handle computer-aided
planning and manufacturing and to see how projects are
developed by way of interdisciplinary cooperation.
For the University of Innsbruck, it was the first project
built with a CNC assembly system like the one owned by
it. Manufacturing was, however, still realised with
exhibition equipment at the Hundegger Company, as the
assembly hall could be put into operation only a few
months after project start.
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2.1 INTERDISCIPLINARY DESIGN WORK
Students of architecture and construction engineering
now had the opportunity to jointly realise the winning
project. First, a load-bearing concept had to be
developed for the architectural design. In this process, it
was key to use the technological potential of the CNC
assembly system and to also take account of the
assembly conditions, and, in particular, of the fact that
access to the site was limited and assembly could only be
carried out manually.
This is why the ribs of the
main load-bearing structure
were executed with three
cross-sections. The central
cross-section defined the
outer envelope and formed
the support line of the
building shell, while the
lateral cross-sections bear
the planking of the sealing
level.
Figure 5: Main ribs made of 3 sections to support 3 layers of
planking (in green)

Starting with a 3D computer model, the different
building parts were extracted and optimised for the
nesting to minimise the needed initial material.
Therefore an exchange with the providers, mostly
sponsors, was necessary to fix the formats depending on
the size of elements, the available size of the cutting
machine and the off-cut.

Figure 8: K2-Robot, a R&D cutting machine for training

In total, more than 200 pieces were produced on the
CNC machine, and it took therefore one week. As all the
holes for the 6,500 screws had already been drilled by
the CNC machine, the assembly process took only 3
days on site.

To ensure that the sealing
membranes can be attached
reliably with regard to
geometry and rib structure,
tests with 1:1 scale models
were carried out already in
the laboratory.
Fig.6: Training in the lab to test the system on 1:1 scale
models

Each cross-section is again made up of 4 segment arches
milled from a three-ply panel. The size and arrangement
of the arches, but also the panel format, determine the
off-cut and can be optimised for cutting via CAD nesting
programmes. The segment arches were joined with 6,500
screws the positions of which had already been predrilled by the assembly machine.

Figure 9: Connecting 180 pieces prepared by CNC machine
with 6,500 screws took less than 3 days.

2.3 PROVIDED MATERIALS & SPONSORS
The most challenging part of a student project with
almost no budget is to convince and organise all the
companies and sponsors providing service and material
free-of-charge. Every choice of product, its
characteristics, the format and the date of delivery had to
be coordinated with the design option. Research and
negotiations with sponsors represented a full-time job
during the whole design process. As long as the product
had not been determined together with the sponsor, the
design option could not be fixed.

Figure 7: CAD nesting to determine the cutting lay-out

2.2 CAD DESIGN AND CNC CUTTING
The students were trained in CAD design in special
courses during the regular programme and implemented
the new knowledge into the project under the control of
the professional advisers of the software program.

In total 20 different companies from 4 different countries
joined the project and provided 20 tons of material
including timber, planking, 3 layer panels, OSB boards,
coated panels, insulation, windows, doors, sealing
sheeting and stripes, airtight stripes, etc.
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2.4 LOGISTICS & TRANSPORT
The logistical challenge was to deliver all materials and
products of 20 different sponsors at the same time and in
the same place in Austria. Some of the products, as all
the curved parts of the structure and the facade cladding
panels, had to be tailored by CNC cutting in Austria in
order to be ready for
assembling on site.
The loading of a 40 t
semitrailer was carried
out within 2 hours
before it left for a
1,200-km
trip
to
France.
Fig. 10: Loading the semitrailer transporting all material to F.

As this vehicle was too big to approach the last 30 km on
winding roads, all the material was transferred to a
smaller truck to approach the building site as closely as
possible because there was no crane and all the handling
of material had to be done manually.

Fig. 12: First approach and inspection of the building site

We also received support from the French side for the
stacking-up of the dry-stone walls. Retirees of an
association dealing with the erection of stone walls
showed the youngsters how to build an expertlyconstructed dry-stone wall from a loose heap of stones
within a few days. Next to the wall, recesses were
prepared for the anchoring of the wooden barrels.

Figure 11: Loading the semitrailer before leaving to France

3 BUILDING ON SITE
3.1 FIRST INSPECTION & PREPARATION
It was important to inspect the site in its original state
together with the architecture and engineering students,
to clear the building site and to prepare the foundations
with the final implantation of the buildings. On top of
preparing for a new environment, it was the key to tune
the team in for the joint task. Moreover, it was not only
about building with timber, but also to deal in-depth with
the substructure and to erect stone walls in a first step.

Fig. 13: Claude (in red) showed the youngsters how to build a
stone wall in a few days

3.2 WORKSHOP BUILDING THE STRUCTURE
12 students came in July for a 10-day workshop to
assemble 3 barrels by simple means. Every piece had to
be assembled and raised by hand and the success to
achieve the barrels depended on weather conditions, on
motivation and on the skill of the students. After
unloading the last truck, they were heading a big pile
with 20 tonnes of material. The first days were quite
encouraging. Thanks to the preparation workshop and
the ready for screwing CNC-cut elements, 2 days were
needed to screw 180 CNC-cut elements together. The 3layer wood panels were assembled with more than 6,000
screws and on the fourth day the ovoid frames were
ready to be erected.
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In a few hours the 15 frames where erected by muscle
power and perfectly adjusted in height and length. As
soon as the 15 frames were installed and fixed in their
precise position, they had to be anchored in the stone
foundation by stacking up the stone bed stone by stone
with layers of grout. During this time the students interconnected the frames with longitudinal planks to ensure
stability and sealing support.

It was at least possible to seal two of the three barrels to
water-tightness within the short period available, yet
there was not enough time to seal the third barrel. This is
why a handful of volunteers returned to Cantercel in
September in order to finish the barrels and make them
water-and-air-tight in the process [3], [4], [5], [6].
3.3 WORKSHOP EXTENSION
Workshop extension was used to perform blow-out of
the cellulose insulation. Before, the airtight interior
cladding had to be completed within 2 days. Only after
the insulation had been blown out from the outside, work
on the facade could be started. For this purpose, compact
panels were used that had been cut with the aid of CNC
so that the cladding could be assembled within one day.
The timber formwork was attached invisibly by way of a
special clipping system that is normally used for terrace
flooring, yet is also suitable for curved surfaces when
using adapted belts.

Figure 14: Assembly the arches by thousands of screws

Figure 17: Insulated and airtight barrels with a wooden skin

3.4 ENERGIE EFFICIENCY
Figure 15: Montage of the arches by muscle power

Figure 16: Within 4 days the principle frames were raised

3.3 ENVELOPE, SEALING & INSULATION
While students benefited from the experience that it is
possible to work with CNC pre-fabricated building
components very swiftly and exactly, they also experienced how time-consuming and tedious it was to make the
anchoring by way of foundations that had been brick-laid
by hand and to glue the sealing during a period of heat.
Accordingly, sealing works had to be carried out after
sunset and/or during the night due to the heat, as, else,
the glues would have dried out.

Energy-efficient building is part and parcel of any
modern timber construction training. Basic prerequisites
such as airtightness and the absence of thermal bridges
do not only presuppose meticulous planning, but also
careful execution. This is why a close relation to
practical application and a holistic view of the building
process, where integral planning and manufacturing
intertwine, are so important for training in timber
engineering. Accordingly, Z sections exhibiting a low
number of thermal bridges were not only designed but
also manufactured by the students themselves. Joints had
to be taped over systematically and the insertion of the
260-mm-thick cellulose insulation had to be prepared
and re-treated. Similarly, the connections for the triple
glazing had to be planned and executed meticulously.
It was all the more important for the students to check
the quality of their work by way of a blower-door test
(see Figure 18).
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According to the measurements, a high degree of airtightness could be achieved that
makes the installation of
controlled domestic ventilation
appear reasonable. Thus, it was
planned to equip one of the
barrels with a ventilation system
featuring heat recovery.
Figure 18: Blower - door test as

quality control of students’ work

Another barrel is to be operated with a conventional
ventilation device, while the third one is to be operated
with a simple ventilation gate. Electricity was supplied
via a photovoltaics system providing low-power supply
for the purpose of lighting and a phone charging station
on top of the supply of the ventilation systems. The
barrels made by the students will, in the future, also be
used for advanced investigations of energy efficiency
and housing quality. A comparative test involving three
different ventilation systems is to check the results
already achieved in the course of tests carried out for
container buildings by the University of Innsbruck [7],
[8]. Accordingly, for a container, heating demand can be
reduced by half by the installation of a ventilation
system featuring heat recovery. Especially small housing
modules are suitable as independent accommodations
providing a high level of housing comfort so that the
barrels are going to provide interesting experiences and
insights.

Figure 19: Finished barrels well integrated in the stone wall

For interior construction, we were joined by the
Leonardo da Vinci high school in Montpellier, France,
and by the Department of Marketing and Design at the
University of Bolzano, Italy. Interior construction will be
realised in the summer of 2016. Due to the high interest
to develop these modules for different kinds of use, a
marketing strategy is currently in the pipeline that will
also involve the students.

4 CONCLUSIONS
A close relation to practical application is a fundamental
prerequisite for successfully training future architects
and engineers in the field of timber engineering. As the
building culture, and, in particular, timber engineering of
the future, will depend on computer-aided planning and
manufacturing, it will no longer be possible to do

without digital interconnections in building processes.
This must also have repercussions on training. Only if
planning and manufacturing take place in an integrated
way in the timber industry will it be possible to fulfil the
requirements placed on it. Then, it will also be possible
to successfully realise large-volume timber constructions
for the purpose of an urban development that is
sustainable from a logistical and technological angle.
The presented student project is ample proof that
cooperation across various disciplines combined with
computer-controlled planning and manufacturing,
constitute key technologies for timber engineering in
order to erect sustainable and technologically-advanced
timber buildings while keeping to tight deadlines. The
students have proven that, in spite of a lack of
experience and scarce resources, CNC technology, a
structured way of working and a high degree of
motivation made them up for the task of building a firstrate and original construction within a remarkably short
time that has made an outstanding statement.
Of course, this project could not have been realised
without the generosity and the cooperation of the
supporting companies that regard the result as an
encouraging sign for timber engineering. We hope for
the students, and especially for the inventors of the
barrels, that their concept will be successfully continued
by way of well-made marketing plan.

Figure 20: the happy team after accomplished work
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LEARNING BY DOING: A JOINT STUDIO EXPERIMENT ON THE
THEME OF TIMBER BUILDING DESIGN
Jianmei Wu1, MengXuan Li2, Hongpeng Xu3, Wenshao Chang4
ABSTRACT: Modern timber structure as an important architectural form has been widely applied to various buildings,
but has not been given sufficient attention in China currently. A thorough understanding of the principles of timber
structural building is particularly important for architects, a complex process which involves the multidisciplinary
collaboration. However, there are problems incorporating the lecture based theoretical taught modules into architectural
design studio which is the core curriculum of architectural education. The object of this paper was to examine the
teaching effectiveness of an innovative pedagogy by the use of a ‘learning by doing’ approach in the design studio. It
presented the findings of a joint studio between Harbin Institute of Technology China and University of Bath UK on the
theme of timber building design and the underlying educational value was also discussed. As a result, the motivation
and academic performance of the students was proved to be increased.
KEYWORDS: Design Studio, Timber Architecture, Learning by Doing

1 INTRODUCTION 123
With the development of the architecture, except for
focus on function, form or legislation, building
technology and environmental issues are more concerned.
Because of the life cycle assessment of low carbon
emission and energy consumption merits, modern timber
structural building gradually becomes one of the most
promising forms of construction, which would also be
proved by those prominent pavilions presented at 2015
World Expo in Milan. However, the teaching content
regarding the timber construction is currently lack in
China according to the investigation of the education
programs of its eight top architecture schools, where
timber structures and craft components used to be the
distinctive symbols of the traditional architectural culture.
Only a few of them offer the courses partly relevant with
the timber building, often involved in the theoretical
taught modules such as architectural mechanics,
architectural materials or architectural structure and
construction but isolated with the architectural design
studio which is the core curriculum of architectural
education. Actually the timber building design is indeed
an multidisciplinary cooperation process with critical
concerns about materials, structures, joints and
constructions, which directly determines the holistic
1
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appearance, function and space of the building itself.
Thus it is necessary to find a more efficient teaching
pedagogy for combining taught modules and design
studio together implanted with interdisciplinary
cooperation.
There have been numerous publications and studies over
the last decades which have clearly implications for the
nature of design studio. It was in the design studio that
students were expected to bring together knowledge
from the different disciplines to inform the development
of their architectural designs (David Nicol & Simon
Pilling 2000). One inherent educational strength in
studio teaching was the implicit commitment to
‘experiential learning’ or ‘learning by doing’ (Donald
Schön 1987). It was found that a learning style model
was effective in experimental teaching process whereby
knowledge was created through the transformation of
experience (David Kolb 1984). The learning cycle is
shown in Figure 1. Although considerable research has
been devoted to architectural education rather less
attention has been paid to timber building design studio.
It is particularly important for timber building design
studio to provide a solid understanding of the
fundamental concepts of mechanics, material and its
mechanical properties and other important issues related
to structural design and technical performance at the
undergraduate level of architectural education.
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Figure 1: The Experiential Learning Cycle (adapted from Kolb
Learning Cycle Tutorial-Static Version)

This paper examined and discussed architectural
education through a case study that illustrated how
educators responded to the development of timber
building and design studio. It presented the findings of a
joint studio between Harbin Institute of Technology
China and University of Bath UK. In particular, it
provided a source of practical ideas to enhance timber
design studio teaching.

2 BACKGROUND
Targeting on training comprehensive professionals with
a global view, School of Architecture at Harbin Institute
of Technology has been expanding the international
teaching communication widely in recent years. A open
and research oriented design studio was set up towards
the background of rapid development of international
communication and teaching reform, and has been
successfully carried out for three years, having
accumulated many successful experiences. The aim of
the course is to promote the students and local tutors to
go out of the school to get comprehensive development
through the cooperation between related fields,
encouraging the interdisciplinary collaboration involved
different universities domestic or international, between
schools and enterprises, between architects and
engineers. The teaching content of the joint studio can be
independently determined according to the advantages of
specific research interests of local tutors, which involved
the urban design, landscape design, architectural design,
and many other aspects. In the teaching process students
are encouraged to establish self, mutual discussion, put
forward solutions and fully excavate students' innovative
ability. Students are expected to experience a variety of
teaching situations from profession reality to classroom,
to develop the international vision, improve the
professional quality and cultivate the scientific research
ability as well. The design studio would take 4 weeks
totally, usually the first week out of school and the
following 3 weeks back to school. It is sponsored by a
dedicated funding from HIT for the trip expenses of
tutors and nominal payment for the guest tutors.
In 2015, our group launched a joint design studio,
collaborators were respectively from School of
Architecture, School of Civil Engineering, HIT and

Department of Architecture and Civil Engineering,
University of Bath. The timber construction technology
in UK is unique, and there are many outstanding timber
projects with cutting-edge technology. The development
of long-term accumulation and the elaborate construction
gave them unlimited potential in the timber structure.
The discipline of architecture in University of Bath is
ranked top in the UK, and has specially set up timber
structure courses. The discipline of architecture and civil
engineering in HIT, the first generation of architecture
education in China since 1920, developed the research
focus on timber structure building very early, also
published the first edition of timber structure regulation
in China. In 2014, ‘Harbin institute of technology China wood protection industry association timber
structure building research and development base’ was
established. The platform created a new development
opportunity for the research and teaching of domestic
timber structure building. The cooperation with
Department of Architecture and Civil Engineering at
University of Bath had significant meaning in timber
construction learning and teaching practice. The joint
studio between University of Bath UK and HIT on the
theme of timber building design was such a learning
experiment that engaged in integrating engineering
theory with design practice, promoting investigative
work, seeking to present and create reasonable structure
form rather than applying mere techniques. It was
expected to establish a more complete and
comprehensive timber structural building knowledge
system for students.
Although many undergraduate students showed their
interests to take part in our joint design studio, but only
20 obtained the opportunity according to the policy . The
studio participants members were: 3 tutors from HIT (2
from Department of Architecture and the other from
Civil Engineering Department), 2 tutors from
Department of Architecture and Civil Engineering,
University of Bath, 20 4-year undergraduate students
from Architectural Department and 3 master graduated
students from Civil Engineering Department, HIT. The
studio component itself showed an interdisciplinary
cooperation with the student to tutor ratio almost 5 to 1.
Our design task combined with a design competition
2015 originated by China Modern Timber Structure
Construction Technology Industry Alliance, which was a
Dandong Port Resort Visitor Centre Design. It was one
project of the Dandong City Dagushan tourism and
leisure resort. The site of the competition is shown in
Figure 2. The objective of the contest was to promote the
development of modern timber structure in China and
engineering quality and innovation of construction and
design, to improve the level of the architecture and the
whole society awareness of the modern timber structural
building.
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3.2 GENERAL ITINERARY

Figure 2: The site of the competition project

3 EXPERIMENT
3.1 INTENDED OUTCOMES
This intensive joint studio introduced students the
functional and expressive meaning for timber building
through experience learning, creative exploration and
decision-making in design. Functional attributes
included safe, comfortable use and meaningful
construction; expressive attributes included aesthetic,
cultural and contextual variables. After the completion of
this studio, students would be able to:
1. Produce a design project to reflect the brief. To adopt
new ideas, new methods and new technology, the design
project should reflect a certain creative brief and regular
requirement of the competition. The characteristics of
timber construction should be highlighted. The
innovation and architectural culture connotation should
be manifested, dealing with the relationship between
design project and the visual appearance, landscape
environment and traffic of the surrounding area. (to
create);
2. Generate architectural details to enable timber in
building for a long life service. To achieve the
integration of functional and expressive attributes of the
building, green technology should also be synchronous
considered during the design, making full use of building
space form, retaining structure, building materials and
joint construction to realize the concept of
ecological ,environment friendly and energy saving. (to
create);
3. Summarize the principle construction procedure by
requirements of the relevant building regulations, such as
Assessment Standard for Green Building, Fire Protection
Building Code etc. Reasonable control of construction
costs, facilitate green construction and operation would
also be expected to be considered. (to understand);
4. Evaluate the feasibility of certain details and ways to
construction during the design procedure. It would also
be important to make sure whether the building had
stability, security and durability. (to evaluate);
5. Implement what had been learned from overseas trip
into design project, integrating theory with practice
completely. (to apply).

Phase 1: Analytical Understanding (one week in UK)
After the design task published, students accessed to
relevant information and accumulated basic knowledge,
and then students investigated real timber projects in UK,
perceived relevant knowledge, appreciated the beauty of
timber structures and fully aroused students' interest in
wooden structures. Through the instance of the visit, in
combination with the acquired knowledge, recognition
and understanding of timber structures, tutors’
interpretation at the job site had been helpful for students
to build up basic knowledge system regarded timber
structure.
Phase 2: Critical Thinking (one week in Bath University)
Prof. Richard Harris and Dr. Wenshao Chang, coinstructors at University of Bath, gave lectures and
seminars explaining the key technology of timber
building and students worked in group to discuss the
content, purpose, intent of the competition requirements
and each group put forward a draft conceptual design.
Phase 3: Decision Making (one week in HIT)
With the comparison of certain details and solutions for
the construction, students made an optimized proposal.
Besides countless discussions with tutors, students
worked with physical models and traditional tools as
well as computers to understand the strengths and
limitations of each solution, compared their similarities
and differences in the context of theoretical and applied
projects. Finally, modified scheme was determined.
Phase 4: Application and Presentation (one week in HIT)
The design project work, well presented, should be
demonstrated clearly integrated resolution of the
outcomes. In this last week, Dr. Chang visited HIT from
Bath to give his final reviews together with domestic
colleagues. Details were improved and final outputs
included 4-6 A1 drawings and a physical model 1:100.
The general itinerary is shown in Figure 3.

Figure 3: General Itinerary for the Joint Studio

3.3 TEACHING METHODS
The joint studio learning through a well-documented
pedagogical of ‘learning by doing’ formed the primary
education experience. The integration between timber
structure theoretical knowledge and its practical
applications has been at the top of the training agenda for
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a long time in China timber construction education at
present. Architecture is a multidisciplinary field of study
that draws on the arts, sciences and social sciences,
among which the cultural context of architecture,
environmental design, constructional and architectural
technologies are quite concerned with architectural
design itself and nowadays play even more important
aspects. However, the most important part of
architectural education in terms of curriculum focus and
time spent by students is still architectural design. In the
design studio that students are expected to bring together
knowledge from the different disciplines to inform the
development of their designs[1]. This design studio
offered the potential to provide a multifaceted and
enriching learning experience. One inherent educational
strength in studio teaching was the implicit commitment
of ‘learning by doing’. For students it embodied
particular ways of seeing, listening, thinking and doing
that tend, over time, to evaluate the designs by
themselves which was to prepare them for a changing
profession where knowledge was growing at a rapid rate
and the needs of the construction industry and society
were continuously evolving. There was only one
effective way to teach students how to design a better
timber building, and that was to let them do it as a
practicum through a setting designed for the task of
learning a practice. In a context that approximated a
practice world, students learned by doing[2]. The joint
studio combined the characteristics of the timber
structure course to innovate the teaching method,
converted teaching process from one-way to two-way,
all participants could benefit from the study including
tutors and students. The design process is shown in
Figure 4. The new experiential learning style theory was
typically represented by a four stage process in which
the learner and the instructor covered all the bases:

Stage 3: Projects inspection ⇔ action exercises.
(discussing)
Stage 4: Review and evaluation ⇔ output deliverables
and feedback (implementing)
The process of learning was seen when a student
through a cycle of four stages: of (1) accumulated
basic knowledge and set up a theoretical system
followed by (2) had a concrete experience to
establish abstract concept which led to (3) reflection
on that experience and reference and finally (4) used
to verify the solution of the final presentation[3]. The
learning process is shown in Figure 5.

Figure 5: Students learning process

The process of teaching was seen when an instructor
through a cycle of the four stages: of (1) introduced
relevant information followed by (2) gave real-world
example explanation which needed to (3) inspected
design projects and then (4) reviewed the whole
study and assessed the final presentation[3]. The
teaching process is shown in Figure 6.

Figure 6: Instructors teaching process

Figure 4: The whole design process

Stage 1: Learning scenario introduction ⇔ Theoretical
knowledge accumulation. (acquiring)
Stage 2: Real-world projects interpretation ⇔ abstract
concept establishment. (experiencing)

Studio through learning by doing developed timberbased scenarios in which students pursued the design
goal by practiced target skills and used relevant content
knowledge to help them achieve their design goal.
Practice had proved that studio’s teaching method
helpful to stimulate students' learning enthusiasm,
moderately represent personality of students, well
mobilize the learning initiative, and at the same time
develop the students' ability of self-evaluation, truly
became the interactive teaching of students' initiative
innovation exploration. In the challenge of information
era, students did not just need to learn from architecture
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and acquire design skills; they must also have to learn
how to learn, learn how to identify the existence of new
information, access it and judge if it was good and useful,
learn how to manage and take responsibility for their
lifelong learning. The joint studio was prepared to
respond to the changing context.
3.3.1 Acquiring
Theoretical knowledge is the basis of the research study.
Intend to further research in the field of timber structure,
literature learning and relevant knowledge collecting is
an essential process for students. In this joint studio,
instructor in the lecture giving process was not a
protagonist, but as a facilitator, the course primary based
on students. In the process of teaching, multimode
contextualized teaching methods were taken, such as
situational teaching, inspiration, and made use of
multimedia courseware to interact with students,
stimulated students' interest in learning. Because of the
particularity of the timber structure, it was necessary to
understand the construction process in the acquiring
section. Starting from simple models introduction
seemed a better choice to make it easier for students to
understand what was being acquired. Some simple wood
structure node models, wood material samples,
connecting bolts could be used as auxiliary teaching
tools, through the demonstration of objective things
instead of the teacher's single narrative, to achieve a
better teaching effect.
Satisfied acquirement was considered to be:
1 Inspiration ＋ interaction ＋ teaching tools ＝effective
input (instructors)
2 Interest ＋ respond ＋ concrete information ＝
effectual absorb (students)
These two programs totally interplayed each other to
achieve a better outcome eventually. The approach
avoided the traditional teaching disadvantages, the
teacher to student for a one-way transmission of
information converted to information exchange
interaction[4]. Students through listening accumulated
basic knowledge and set up a theoretical system, at the
same time gave responses to lecturers and form a
conceptual idea. Among all the members of the joint
studio could benefit from it, participants were easier to
understand and exchange necessary information. Based
on that, a certain creative design brief might be inspired
with highlighted timber structure identity.
3.3.2 Experiencing
Architecture itself provides access to information and
knowledge. Many famous architects also stressed the
importance of travelling and advocated that use of own
senses to understand the nature and architecture was a
very good experience. Travelling education was helpful
to alleviate the problem of the common branch
specialized and knowledge fragmented of the
multidisciplinary identity of timber building. To increase
the broad and depth of students' knowledge, expand their
horizons and foster independent thinking, achieve
mastery through a comprehensive study of the different

knowledge, so that students were educated with both
humanistic and scientific literacy.
In China due to inadequate development of modern
timber building, the approach to know the excellent
projects for students was only through introductory
information and magazines. Insufficient of the
information and the subjective opinions of the introducer
would influence the understanding of the project,
students’ understanding of architectural projects was
sometimes limited to one-sided, easily mired in form of
the technology.
For timber structure building, learning through
experiencing is particularly important. It would be well
placed to consider how current practice could be
experienced to improve student engagement and learning
outcomes and ultimately gave depth and credibility to
students’ design. The choice of the case should be
targeted, usually elected some outstanding and
representative constructions. In UK we visited the
Winter Garden, Bishop Edward King Chapel, Savill
Building, Hooke Park （ Architectural Association ） ,
Brokholes and the other most representative timber
constructions in UK.
Participants stayed together analyzing timber structures,
exploring the structure of construction and installation,
more than just indoctrinating theory. And immersive
fostered the sense of space also helped to strengthen the
students’ ability to grasp the degree of completion of the
design and the selection of theoretical knowledge
absorptive capacity. Demonstrating construction details
and the principles underpinning them in the real
buildings, it not only enabled students to digest the
knowledge more easily, teaching by experiencing could
also stimulate the creativity of students and mobilize
their enthusiasm.
Each of the example represented unique speciality of
timber structure. Such as some buildings represented
technology progress, some explained structure
breakthrough and some had the special spirit of
innovation. Through the visit of different buildings,
students could learn various aspects of timber structures.
Table 1: Knowledge point of each timber structure building

Case Study
Winter Garden
Bishop Edward
King Chapel
Savill Building
Stadthaus
Apartment
Brockholes
Hooke Park

Knowledge Point
Arch timber structure
the tree-like timber
columns
bespoke gridshell roof
The high-rise timber
structure
Low carbon building
Experimental Works by
AA Students

Through experiencing students were able to look at
timber structure from different perspectives. They gather
vivid information and learned to solve real design
problems. If in the acquiring phase the information was
abstract, then by experiencing, the abstract information
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turned into concrete knowledge, and impressively
remained in students’ brain. To some extent a design
proposal with comprehensive thinking of space, structure,
material and detailed construction were gradually
generated.
3.3.3 Discussing
The joint design studio, followed specific project briefs,
was taught through iterative individual and group
tutorials with key stage reviews and everyday discussion.
Students discussed design proposal and technology with
instructors, combined the ideas with the knowledge
which had been learned in acquiring and experiencing
process. Discussion meant to create a forum for openended, collaborative exchange of ideas among students
or among teachers and students for the purpose of further
understanding, thinking or design problem solving[5]. In
the process of discussing, students were the main body,
instructors served only as spectators and never anxious
to express their opinions.
A productive discussion was that students mobilized all
the information they had learned before and made
positive factors into full play by the fierce collision
among team members. Students presented multiple
points of view, responded to the ideas of others, and
reflected on their own ideas in an effort to build up their
knowledge, understanding, or interpretation. Targeted on
the design task, in the joint studio each group firstly
proposed design concept, then accorded to the accessible
knowledge to adjust, and then put forward the second
round idea of the design. In the whole procedure, the
teacher's role was to help the students to implement their
ideas and based on the students’ idea to put forward their
creative proposals to solve the even unreasonable
problem.
Instructors should pay attention to create an atmosphere
of discussion on the construction of democratic and
academic freedom. The discuss process is shown in
Figure 7. Encouragement was a major feature of
discussing teaching, to cultivate students' ability of
critical awareness and communication, to cultivate the
independent judgment. Only in this way could the
individual's growth and overall development be achieved.
After each discussion the instructors should have a
summary of the speech to help students to summarize the
content of the discussion. For students’ further
consideration, summary could have conclusion or might
not have.

3.3.4 Implementing
Implementing referred to explain and apply the
fundamentals of the timber structural design based on
problem solving. The final presentation played an
important role to inspect learning outcomes. The
students’ final presentation is shown in Figure 8.
During this stage, students should complete their design
plan depended on the knowledge they had learned before,
which emphasized the application and realization of
knowledge. Through the application and implementation
would reflect the education results, verify whether the
knowledge study was effective. For example, by
investigation of the structure or the joint through the
overseas study, whether or not the first hand information
could be creatively applied to their own programs to
solve a certain problem.
At the same time, during this stage, instructors needed to
lead each group to review the whole design cycle once
again and find out the key point of each scheme that
should be highlighted. The teacher could also speculate
the teaching effect through students’ application, so as to
provide reference for the follow-up teaching.

Figure 7: Discussion process
Figure 8: Students’ final presentation
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3.4 ASSESSMENT
Formal final achievement evaluation is considered as a
more important evaluation process by most students.
Students will get information from the score and make
clear the direction of their efforts. Design evaluation
result has long been a difficult problem in teachers and
students. The traditional evaluation of students' design
achievement is often considered as a negative effect by
the architectural education researchers, which destroys
the potential role of the evaluation as a student's learning
experience. However, the design is also a kind of
thinking and creative activities, there are a lot of
measurable factors, measuring the quality of a design
scheme is difficult to be quantified. It is difficult to
quantitatively measure the quality of a design with a 100
percent balance. For this paradox, we used a very open
scoring approach, a fuzzy and qualitative approach to
evaluate the students’ project. In addition to the
evaluation from teachers, the respondent and the
exhibition also served as part of the evaluation system.
3.4.1 Performance Assessment
Formative assessment took place through group tutorial
with internal instructors plus invited external reviewers.
All of these were primarily extended conversations in
which the quality and direction of students’ works and
ideas would be discussed. In the evaluation criteria, it
generally paid more attention to whether the design was
logical and creative at the final achievements of the
students and his own established theory frame. Paid
much attention to the coherence and consistency of
thinking scheme in the assessment process, students’
attention would focus not only on result but rather in
process, not only the design scheme but rather design
method. The evaluation criteria for the joint studio
included four aspects which were overall quality,
construction rationality, timber application and
construction details, with a total of 10 points.
Table 2: evaluation list

aspect
point
overall quality
2.5
( Innovation, integration, operability,
practicability)
construction rationality
2.5
( structural logic, stability, construction
difficulty)
timber application
2.5
(Material selection, adaptable with
building, rationality of application)
construction details
2.5
(Joints, technology, connection)
total
10
Students worked in group of 2-3 people so the evaluation
and grading referred to the group as a unit, each team
members had ultimately the same score. So that the
competitive relationship between the students had been

attenuated, but created more opportunities for the
students to improved their responsibility and cooperation
competence.
In addition, the joint studio invited other teachers in the
stage of final presentation, to examine the teaching
through the students' design results as the perspective of
the spectator. After the final review, students’ works
were exhibited which was also a part of the evaluation,
as a result to promote a wider range of exchanges among
different disciplines. The exhibition and evaluation is
shown in Figure 9.
The open evaluation system, breaking through the
traditional evaluation system, making the evaluation
results more reference and targeted, activated a broader
learning space between students and teachers.

Figure 9: Students’ works exhibition and evaluation

3.4.2 Curriculum Feedback

At the end of the joint studio, a satisfactory survey
was delivered including a unique on-line
questionnaire for students who participated in the joint
studio(http://research.wenshao.info/survey/hit_timber
_design_survey/). Feedback showed overwhelmingly
positive. The joint studio was considered by students
as challenging and positive contribution and filled in
the absent knowledge left from previous study. Most
of students commented on the benefits of sharing
strengths across different disciplines and collaboration
on a shared problem. It was particularly noted that
working together with tutors and partners from civil
engineering department affected students’ thinking
styles and procedure in the development of the design,
which meant not only a creative conceptual design
was encouraged but it should also be practical and
applicable to the real world.

4 CONCLUSIONS
Nowadays the new paradigms of knowledge
development create enormous pressure on students and
educational practitioners to perform at higher levels.
National frontiers and disciplines boundaries are now
blurred requiring more extensive scope and depth of
expertise to stay in the game. The main objective of this
joint design studio was to establish a pedagogy platform
where enabled students to gain the skills and knowledge
to engage with a global vision in the field of timber
building design. The joint studio was tracked across the
education approach with ‘learning by doing’, in which
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two crucial advantages were identified: design studio
integration with supportive theoretical subjects and
interdisciplinary cooperation.
Firstly, in order to ensure architectural students were
well equipped to undertake the joint studio on the theme
of timber building design, relevant knowledge normally
taught in the theoretical modules should be wellintegrated with the studio. According to experiential
learning theory, the learning process in the joint studio
occurred beyond classroom but through everyday
experience with the carefully planned stage of acquiring,
experiencing, discussing, implementing and the final
evaluating. Based on holistic understanding among
different disciplines such as materials, structures,
technology, constructions, cultural context etc., students
were able to develop their design expertise more broadly
and deeply.
Secondly, the interdisciplinary cooperation aspect of the
joint studio was considered to be another area of
potential. The collaborative working setting inspired the
students’ creative thinking, and thus stimulated them to
be aware of appreciation of timber building from various
perspectives. The cooperation with our partners in Bath
University UK and School of Civil Engineering of HIT
was helpful in the process of reviewing current
architectural
education,
teaching,
design
and
professional methodologies that contributed to obtain
divergent thinking for innovative design ideas.
Accordingly, the partnership activities should be
designed to the mutual benefit of all partner schools with
the aim of developing research capacity, building
sustainable research networks, promoting individual and
knowledge
mobility,
and
fostering long-term
institutional engagement.
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DESIGN BUILD BAMBOO: MASTERSTUDIO AND SUMMERSCHOOL
Ulrich Baierlipp1
ABSTRACT: During the Design Build Studio in spring term 2014 an interdisciplinary team of students of architecture
and timber-engineering of the Bern university of Applied sciences in cooperation with the company HAPE Toys,
designed and constructed a housing unit for a holiday resort in China, built with local bamboo. The first prototype of a
bamboo housing unit was started by the students together with local craftsmen during the summerschool in August
2014. Meanwhile the bungalow-typed building, which uses bundles of bamboo canes as structural elements, is
completed.
KEYWORDS: Design Build, interdisciplinary team, housing unit, holiday resort, local bamboo, prototype,
masterstudio, summerschool

1 INTRODUCTION

123

1.1 DESIGN BUILD
The term „design-build“ originally referred to projects in
which designer and builder formed a cooperative entity.
This integrative planning procedure not only affects the
creative aspects of a project, but also influences its
ecological, economic, technical, functional, and social
components.
Today, the term is more often associated with the
expansion of the role that an architect plays in a project,
at times serving as the developer, builder, and even the
client.
This praxis was initiated into modern architectural
education at the beginning of the twentieth century.
Today, however, architecture students receive only a
rudimentary education in actual building processes.
In the early 1990s, the first design-build studios in the
USA expanded their activities to include practical work
(build) and social planning aspects (design). Special
emphasis was placed on the latter, bringing future users/
residents into the design and building process itself, with
the goal of creating projects with lasting social
relevance. (1, 2)
1.2 BAMBOO
Bamboo is a grass plant. After some years the lignin of
its tissues becomes a structure as hard as wood.
The process of lignification of bamboo (becoming
woody) takes between four and six years. After this
period its vascular bundles close and dry out. With this
the stalk can be used for construction.
1
Ulrich Baierlipp, Bern University of applied sciences,
ulrich.baierlipp@bfh.ch

Figure 1: Exploring bamboo as building material

Among the building materials of the future, bamboo is
particularly promising. It is lightweight, highly elastic
and ductile, and in addition offers qualities especially in
demand in an era of limited resources: sustainability and
abundant availability.
Bamboos in their wild form grow on all of the continents
except Europe, from 51° north to 47° south.
Approximately 1’200 species exist, of which there are
750 in Asia and 450 in America.
It is estimated, that 37 million of hectares are covered
with bamboo forests: 6 million in China, 9 million in
India, 10 million in Latin America and 12 million in
Southeast Asia.
Since antiquity, bamboo has been a construction material
used to build basic habitats to complex structures. It has
formed part of a set of elements, which were an essential
part of the cultural development in Asia and America.
Due to its positive mechanical characteristics, great
flexibility, rapid growth, low weight and low cost,
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bamboo is a construction material with many
applications.
It is estimated that one billion people live in houses
constructed from bamboo. In seismic zones bamboo
construction is preferred due to its lightness and
flexibility. In tropical zones bamboo is used in
construction since it is a local, cheap and easily handled
material.
In Europe and North America, there is no tradition of
using bamboo for the construction of building structures.
The construction of the ZERI pavilion at the world
EXPO 2000 in Hanover, designed by the architect Simon
Velez, marked a turning point, attracting the attention of
European engineers and architects to the excellent
construction properties of this “exotic” Material.
The pavilions built ten years later for the World EXPO
2010 in Shanghai, demonstrate that bamboo is now
recognized around the world as a high-performance
building material that is simultaneously suitable for
sustainable building with a small ecological footprint.
Impressed with its technical and aesthetic possibilities,
European, Japanese and North American architects have
rediscovered bamboo for a variety of construction tasks.
(3)

Figure 2: bamboo experts during creative workshop Daqi

1.3 BAMBOO HOLIDAY RESORT
A bamboo housing unit within a holiday resort: The
topic for the series of Masterstudio and following
summerschool was given by the industrial partner HAPE
Toys, the world´s largest manufacturer of wood and
bamboo toys who is located in East China at Ningbo/
Beilun near Shanghai.
HAPE is planning two interrelated projects in the rural
area of Gongtong Cun-Daqi, near the cities Beilun/
Ningbo:
Firstly a Research and Design Center, located south of
Gongtong Cun, including product research and design
facilities, hotel, kindergarten etc.
Secondly a family resort, located south east of Gongtong
Cun in the nearby bamboo forest, including holiday
houses and infrastructure for a variety of attractions and
activities like high ropes course, petting zoo etc.
The company wants to build up the family holiday resort
as social engagement for their employees and to be able
to house their guests. In addition to external families and

guests, HAPE will also accommodate customers, staff
and other guests in the resort.
As the company is linked to the material of bamboo and
also is owning the beautiful located bamboo forest near
to their Research Center, the idea was to create the resort
inside the forest by building housing-units out of
bamboo.
HAPE intends to build a series of bamboo houses within
the resort (in the proximity of the lake).
The family resort will be an ecological but high-end
family retreat for the nearby urban population of Ningbo,
Hangzhou and Shanghai.
Sustainable and innovative use of the natural landscape
and the material of bamboo were main aspects of the
project.

2 INNOVATIVE INTERDISCIPLINARY
TEACHING CONCEPT
For this unique project Master-Students of the Bern
University of applied sciences (BFH) focused on
bamboo as a resource and building material, by working
together in interdisciplinary teams of architects and
timber-engineers.
The Bern University of Applied sciences was contacted
by the company HAPE and asked to develop prototypes
of bamboo housing-units within an architectural design
studio.
The organisation of the Berne University of Applied
sciences, covering multiple studies and educations, gave
the opportunity to work in interdisciplinary design
teams: architects and wood engineers.
After an introduction in the material of bamboo there
were organised creative workshops in China and in
Switzerland together with members of the company
HAPE and external bamboo and wood experts.
After getting to know the material of bamboo and the
building site the design-teams developed their concepts
for a housing-unit up to a 1:1 scale.

Figure 3: experiments with split bamboo, creative workshop

A coached student competition awarded the most
innovative and appropriate concepts, evaluated by a jury
of experts and members of the company HAPE. These
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concepts were then realized in China by the students
together with local carpenters and bamboo craftsmen
during a summerschool of 3 weeks.

2.1
STUDENT SKILLS
The students were asked to develop architectural and
detailed projects. Furthermore, they had to demonstrate
and communicate their design processes. Working
together in interdisciplinary teams of architects and
wood engineers a competitive, realistic project was
expected. The innovation with the material bamboo was
in the main focus. The students were expected to explore
their own solutions for resolving, a complex rural and
architectural planning assignment. They were expected
to reach a defined goal within a limited period of time.
The aim for each student was to acquire the ability to
think and act in conceptual and integrative terms. A
cross-disciplinary approach to the task was essential
(structural engineering). The aim was to enhance the
student’s professional, methodological, personal and
social skills.

Figure 4: experiments with living bamboo, creative workshop

2.2

The Studio days for interaction with the teaching team
were Thursdays and Fridays. Presence on these days as
well as participation in all activities of the studio were
compulsory for the students.
The workload of the studio was around 390 hours (13
ECTS), corresponding to about 30 hours per week. It
was highly recommended that students work at school
throughout the entire week to allow for interaction and
discussion with other students.
The deadlines for intermediate reviews and the final
presentation were binding and had to be complied with.
All reviews and presentations were considered important
parts of the learning process and this also included the
presentation of projects by other students.
The master studio took alternating place in Biel
(university site of engineers) and Burgdorf (university
site of architects)
The requirements for the intermediate & final outputs
were presented one week before review according to the
studio schedule.

•
•
•
•
•
•
•
•
•

•

3 DESIGN BUILD BAMBOO (2014)
3.1
•
•
•
•
•
•
•
•
•

Figure 5: model studies during creative workshop

ASSESSMENT CRITERIA
Intelligibility and quality of the project
Design process and development
Acuteness of perception
Functional qualities and compliance with the
program
Socio-cultural relevance of the proposed
intervention
Economical and sustainable evidence of the
project
Quality of presentation and argumentation
Quality of physical modelling
Quality of graphic realization
Overall impression

•
•
•

SUPPORTING PERSONS
Prof. Ulrich Baierlipp (BFH), coach, juror
Prof. Christophe Sigrist (BFH), coach, juror
Annette Spindler (BFH), coach, juror
Peter Handstein (HAPE), CEO, juror
Karlheinz Jaeger (HAPE), juror
Markus Hirche , designer, juror, introduction
bamboo design
Markus Schaef, landscape designer,
introduction into project landscape
Yifei Xu and Achim Maiwald (HAPE),bamboo
material supply, coaches
Chengke Zhang (HAPE), coach for material &
foundation and coordinator of prototype
construction
Local craftsmen, material supply, foundation
and prototype construction
3-4 translators for prototype construction
Christa Gertiser, coordinator on BFH side
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3.2
PROJECT TARGET
Develop multiple bamboo house concepts including
detailed architectural and engineering drawings,
structural analysis and material take off. Select the most
suitable concept and construct one prototype of the
concept.
The bamboo houses shall have different sizes ranging
from 30-50 m2 for about 2-6 persons. Each bamboo
house should have a living room, 1-2 bedrooms, toilet
and shower and shall have appropriate insulation.
The students should make their own ideas about the
whole site and develop their unit according to their idea
of the site, the culture, the need for the task. In the end
the client HAPE was looking for projects that could be
build right away. The plans should go up to the M 1:1
scale and students should be aware of the constructional
details. Next to the plans the project expected all needs
of material with detailed costs and a user manual
including instructions for the erection of the prototype.
3.3

PROJECT SCHEDULE

Total project duration
Concepting–
pre-project phase
Concepting–
creative workshop in Daqi
Concepting–
detailed concepting
Prototyping–
Material & foundation
Prototyping–
prototype construction

20/02/2014
31/08/2014
20/02/2014
23/03/2014
24/03/2014
06/04/2014
07/04/2014
13/06/2014
30/06/2014
10/08/2014
11/08/2014
31/08/2014

–

•
•

•
•
•

•

–
–

•

–
–

•

–

•
•

TARGETS PRE-PROJECT
Students have researched cultural background
of living/housing and recreation in China
Students have explored fundamentals of
bamboo construction, including material
properties and constructive solutions
Students are familiar with existing bamboo
house concepts and bamboo connections
Students are familiar with the specific project
situation, background, site, surroundings, etc
Students have experimented with preliminary
case studies in model form

Slow tourism - sustainable tourism
Carte blanche - free topic in relation to studio
project

Figure 7: local craftsman during summerschool 2014

3.5

Figure 6: project schedule studio and summerschool 2014

3.4

•
•

TARGETS CREATIVE WORKSHOP DAQI,
CHINA
Becoming acquainted with: Chinese culture;
background of society, Bamboo as material
(history, construction)
Project specific program is defined: building
size (m2 range), room requirements, standard of
living, finishes, equipment, appliances, fixtures
Project specific conditions are defined:
surroundings, site, soil conditions, topography
Exploration of low tech / light weight solutions
Development of connections & members
(column, beam, frame, truss; wall, floor, roof)

Conceptual workshop phases included:
• Idea workshop – sketches (hand, CAD, 3D)
• Construction of models
• Mock-up: Structural members/connections 1:1

For this the following topics were given to the students
to do a PPT-presentation (10 min) and a hand-in of a
“moodboard” or collage on 2 x A3 plans:
•
•
•
•

Bamboo semantic meanings / qualities
Chinese society and attitude towards work &
recreation
Holiday resorts concepts - from good to bad
Minimal homes / housings and settlements

Figure 8: filling of bamboo canes, summerschool 2014
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3.6
TARGETS DETAILED CONCEPTING
Different bamboo house concepts with detailed
architectural and engineering drawings including
structural analysis and material take off are completed.

3.7

Program bamboo house:
• size: ca 60m2
• sleeping room 1 : 2 Adults
• sleeping room 2: 1-2 children
• bathroom / toilet
• optional: kitchenette
• optional: balcony / terrace

TARGETS PROTOTYPING MATERIAL FOUNDATION
• Minor adjustments to construction documents
by students, if necessary
• Landscape prepared, construction material
procured and cut, foundations for two
prototypes laid, everything ready for actual
construction

Presentation:
Bamboo house concepts presented by students to jurors
• plans on A0 landscape format
• user manual with costs, material need etc
• models in different scales (1:50 & construction
detail models)
The concepts were evaluated and the most suitable
concept was discussed and selected by the jurors during
half a day.
The design, which was chosen to be realized, uses
bamboo both as formal and structural element. For this
the bamboo canes, standing on the concrete floor, are
bundled to massive walls, which support the concrete
roof slab. By doing so, the structural performance of the
bamboo canes parallel to the fibres is featured. The
massive structural walls are innovative, as, so far, the
bamboo canes were mainly used in linear structures or
for decoration without any structural behaviour.
Imbedded in a natural bamboo forest the result is a
unique atmosphere: A traditional, local building material
creates modern, innovative architecture by integrating
the nature into the building.

Figure 10: material supply, summerschool 2014

3.8

EXPERIENCES PROTOTYPING
SUMMERSCHOOL, CHINA
Students:
• Stasia Kremer
• Michael Walzcak
• Elisabeth Naderer
• Sebastian Pertl
• Juan David Orjuela
Coaching:
• Prof. Ulrich Baierlipp
An interdisciplinary team of architecture and wood
engineering students from the Bern University of
Applied Sciences, Switzerland, in collaboration with the
client HAPE developed a vision for a holiday resort
constructed in bamboo.
Situated into a bamboo forest in Daqi, several hours
south from Shanghai, there are perfect conditions for a
sustainable and innovative holiday concept, where local
bamboo is used as construction material.

Figure 9: construction site during summerschool 2014

“Slowtourism” is new for the Chinese culture. Exploring
and living the adorable nature not far from home is one
of the key elements of this future vision. The approach
uses bamboo as multifunctional element for forming
space as well as a structural element for each single
bungalow. Bamboo has very strong properties, especially
in the vertical direction. The design and the atmosphere
develops it’s specificity out of the association of
contemporary and traditional building materials with a
high cultural and local value, and integrates itself into
the natural environment as a « forest into the forest ».
The units are designed for a couple or a small family. A
kitchenette/eating room, a living room and a master
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bedroom are orbiting around a central bathroom looking
to the sky with its roof opening. Each interior space has a
strong and specific relation with the outside and the user
is guided through them with all his senses.
Interaction of local craftsmanship, local materials,
international and national students, and interdisciplinary
ideas were the goal to succeed this project.

Figure 11: structural bamboo walls

4 DESIGN BUILD BAMBOO TWO (2015)
4.1

SUPPORTING PERSONS
Prof. Ulrich Baierlipp (BFH), coach, juror
Prof. Christophe Sigrist (BFH), coach, juror
Jochen Christner (BFH), coach, juror
Peter Handstein (HAPE), CEO, juror
Karlheinz Jaeger (HAPE), juror
Yifei Xu (HAPE) provide experimental bamboo
material and coach during creative workshop
Daqi as well as prototype construction
• Chengke Zhang (HAPE), coach for material &
foundation and coordinator of prototype
construction

•
•
•
•
•
•

•
•
•
•

well.Therefore the client is now looking for the second
prototype of a bamboo housing-unit, focusing on
prefabrication.
The design build procedure is intended to be the same as
in the first series: coached student competition within the
Studio and realization of the winning project within the
summerschool in China: BAMBOO TWO
The interdisciplinary studio will focus on developing
bamboo or bamboo-hybrid construction with an
emphasis on prefabrication for a vacation house unit.
The target is: to develop multiple concepts incorporating
prefabrication into the bamboo bungalow. The bamboo
bungalow shall range from 30-50 m2 for about 2-4
persons with a living room, 1 bedroom, toilet and
shower. Elements such as appropriate insulation and
further interior developments shall be considered, but
will not be planned in detail. At a client presentation
during the later part of the studio, HAPE will critique all
concepts and select one suitable concept, which shall
then be the focus of the summer school.
For the final presentation at the end of the studio the
students will re-work the concepts based on the
comments of the client presentation and deliver
architectural and engineering drawings, structural predesign and material take-off for their concept. The focus
and the criteria given by HAPE will determine the exact
developments of the chosen concept during the summer
school. If in addition to further developments of the
prefabricated elements a structure incorporating these
elements shall be constructed, the verification of the
structural design by an external licensed engineer will be
required.

Local craftsmen, materialsupply, foundation
and prototype construction
3-4 translators for prototype construction
Christa Gertiser, coordinator on BFH side
Hans Mueller, coordinator on HAPE side

PROJECT TARGET
4.2
In spring term 2014 the first design build BAMBOO
studio took place: Within a coached student competition
5 interdisciplinary design teams developed different
approaches for using bamboo as main structural material.
The winning concept was then evaluated by a jury of
experts and members of the client company HAPE
These concept, a combination of structural bamboo walls
and concrete slaps for floor and roof, was then realized
in China by 5 students together with local carpenters and
bamboo craftsmen, during a summerschool lasting 3
weeks. HAPE extended the offer to support the further
development and construction of other prototypes as

Figure 12: exploring first prototype, summerschool 2015

4.3

BAMBOO TOPICS – START THINKING
BAMBOO
• Elaboration of topics by mixed teams.
• Analyzing examples, numbers, facts, and more.
• Presentation of short summary of the finding

Topics:
• Traditional constructions using bamboo as load
carrying building material
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•
•
•
•
•

•
•
4.4

Modern constructions using bamboo as load
carrying building material
High tech connection systems for bamboo
(connectors to be used)
Low tech connection systems for bamboo
(connecting systems to be used)
Strength and stiffness properties of bamboo
(design standards, testing standards, design
books
Durability and treatability of bamboo
Processing of bambo

TARGETS CREATIVE WORKSHOP
RIEDWIL, SWITZERLAND
• Elaborate ideas/ concepts to different topics
linked to bamboo and natural/unprocessed
materials
• Designing and engineering of concepts
• Realizing prototypes

•

Development of connections, members &
elements (column, beam, frame, truss; wall,
floor, roof)

PRESENTATION
4.6
Several concepts incorporating prefabrication into the
bamboo bungalow with detailed architectural and
engineering drawings are developed
Concepts presented by students to client.
HAPE critiques the concepts and gives specific direction
regarding the further developments. One concept is
chosen as the focus for the summer school
Specific extend of construction during summer school
discussed and determined with HAPE

Figure 14: mockup prefabricated wall, summerschool 2015
Figure 13: schedule creative workshop Riedtwil

4.5
•
•
•
•

•
•

•

PROJECT TARGET
Project specific program is defined: building
size (m2 range), room requirements,
Project specific conditions are defined:
surroundings, site, soil conditions, etc.
Students have researched cultural background
of living/housing and recreation in China
Students have explored fundamentals of
bamboo construction, including material
properties, constructive solutions and
prefabrication
Students are familiar with the specific project
situation, background, site, surroundings, etc.
Students have experimented with preliminary
case studies in model form as well as
prefabrication options
Exploration of low tech / light weight,
prefabricated solutions

4.7
FURTHER DEVELOPMENT
Changes based on the critique of the client are
incorporated into the concepts resulting in detailed
architectural and engineering drawings and material
take-off.
Re-worked concepts presented by students to professors
for final grading.

Figure 15: mockup prefabricated slab, summerschool 2015
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4.8
PREPERATIONS SUMMERSCHOOL
Planning and preparation for realization of pre-fabricated
elements, as determined with HAPE.
Landscape prepared, construction material procured and
cut. Other construction preparations as determined with
HAPE

The results of the Design-build-Bamboo Masterstudio
and summerschool series are part of a research project at
the Bern University of Applied sciences, which focuses
on the development of a building system in bamboo.

Figure 14: presentation to client, summerschool 2015

ACKNOWLEDGEMENT

Figure 16: concept presentation during summerschool 2015

4.9
REALIZATION SUMMERSCHOOL
Exploration and realization of prefabricated elements.
Extend of developments depends on chosen concepts,
possibilities to produce prefab elements and outcome of
discussion during review.

5 CONCLUSIONS
The project created many new experiences both for the
students and the teachers: the promising resource and
building material of bamboo, the interdisciplinary
teamwork of architects and timber-engineers and the
Chinese culture. The cooperation between two cultures
often created unusual, nonverbal communication on the
construction site.

Figure 17: mockup prefabricated systems, summerschool 2015

Thanks to Peter Handstein, CEO of HAPE Toys, for
initiating and sponsoring two unique learning and
teaching experiences: Design Build Bamboo and Design
Build Bamboo Two.
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TEACHING 'STRUCTURES 1: WOOD', HANDS ON IN NORTHERN
ONTARIO
Randall Kober
ABSTRACT: This presentation will detail a new course 'Structures 1: Wood' which the author developed at
Laurentian University in Sudbury, Ontario. The course uses timber to introduce students to basic principles of
statics and strength of materials. Practical, theoretical, and historical research is presented in a lecture format.
However, the emphasis is on direct application of taught ideas on employing exploratory 1:1 model exercises
throughout the course and culminating with a light framing drawing and model. Using cultural history as its context
the course introduces an intuitive understanding of timber's structural possibilities.

KEYWORDS: Structures Course, Hands on learning, Design build, First Nations architecture, Joinery, Light framing

1 INTRODUCTION 123
Located in Northern Ontario, just above Lake Huron and
immediately below the vast Canadian boreal forest,
within the Great Lakes forest system Laurentian
University established a new School of Architecture in
2013. Its pedagogy is dependent on hands on learning
through design/build projects. Design/build is integrated
in all of the studio courses throughout the program with
a focus on timber construction. The school was also
founded with a mandate to integrate the three main
cultural groups of the area: First Nations, Francophone,
and Anglophone. The school has an activist agenda to
engage the community around it.
Students arrive on the first day of class with a
complement of wood chisels and begin the design studio
sequence by sculpting and dissecting a pine or cedar log
30 centimetres in length with a twenty centimetres cross
section. They explore the densities from the bark to the
heartwood. They become acquainted with its structure
and structural capabilities by working with and against
its longitudinal tubiform bundles. They begin to feel the
resistance and strength when working normal to the
grain. They see how easy the mass splits when working
between and with the grain.
By the time the students have completed their first year
of design studio they will have designed and built an ice
fishing or warming hut, a small shelter for human
occupation on one of the areas myriad frozen lakes.
These shelters are made of wood. Working in teams side
1

Randall Kober, Laurentian University, School of
Architecture, Canada, rkober@laurentian.ca

by side with their fellow students and studio professor
for many it is the first building they will have designed
and the first building they will have constructed. During
second year design studio students design and build
canoes with experts. Two canoes are built in close
proximity to one another. One is traditional wood rib
construction with a birch bark skin. This project is lead
by a Metís, of Aboriginal and French heritage, elder. In
parallel a shell structure canoe of lath banding with a
carbon fibre surface is constructed. This project is lead
by an experienced racing canoe builder. In the third year
of the program students construct easily transportable
saunas primarily of wood. All three of these design build
projects are inspired by the university's northern location
acknowledging its place as a crossroads of cultures and
histories, especially recognizing its place in the forest
among an abundance of bodies of water and its
psychologically ever present long, cold winters.

2 COURSE CONTENT
In the second year of the school's curriculum all
architecture students are required to take the 'Structures
1: Wood' course. Approximately seventy students
comprise a class. In this foundational course these
students are further exposed to the structural possibilities
of wood as a building material. The course organizes
some of the lessons that have been learned through the
first year studio design/build projects. The school's tricultural mandate is addressed by chronologically
following the history of construction practices of the
beings that have foraged and harvested the forest to
create their shelters. Students are also introduced to the
concepts of statics and strengths of materials as they
pertain to wood. The material is presented in lectures and
experienced by the students through 1:1 model
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construction and scale drawings. The course synthesizes
theory and practice, sustainable design and craft,
primitive and progressive construction techniques
through a physical pedagogy. Course meetings begin
with a visit to large local sawmill and a cultivated forest
being logged. Here the students witness the process of
transforming trees into lumber. See Figures 1 & 2 below.

survey of the development of resource use. It is an
exercise in weaving together primary, secondary,
tertiary, etc. structural systems with plant matter. The
structures start from a hand held foundation, typically a
thicker stick to which a framing system of smaller twigs
in dimension follow. These framing members need to be
bound with themselves or with the aid of even smaller
scale and more pliable organic materials. The scale of
the materials become finer and frailer as conversely the
object coalesces into a more rigid unit. A simple
cardboard box is crafted for the object. The box is a
regular, planar, and orthogonal construct in contrast to
the bent and twisted form of the object it houses. The
final layer to the assignment is a short written text placed
in or on the box. The statement verbalizes the students'
thoughts on the forest, making, seasons, and life cycles
encapsulated in the structures they have assembled. The
assignments writings are often times very introspective,
ranging from banal to sublime. See Figure 3-20 below
for iterations of Model 1.

Figures 1 & 2: Student visit to EACOM Timber Corporation
softwood mill in Nairn Centre, Ontario.

3 TWIG STRUCTURE
Northern Ontario's forests today are much different from
the forests that European voyageurs and immigrants first
found. The Anishinabek First Nations peoples had never
extensively logged the forests. The tall, reaching sixty
metres, old growth, virgin forests of red and white pines
mixed with hardwoods such as birch were clear cut in
the late 19th century for among other things to rebuild
Chicago at the southern tip of the Great Lakes system.
The endless tracts of forests today are primarily
plantation forests of spruce, pine and fir, the stuff of 2x
building lumber. Large quantities of 2x SPF is exactly
what the local mill produces for export across North
America.
Following this trip to the industrialized forest students
are asked to acquaint themselves with the recreational
forests that surround the university. They are then
required to construct a model, made of twigs and other
natural materials gleaned from their walks in the woods.
The models size is limited to fit in a 20 x 20 x 20 cm
cube. By building with twigs, larger branches, leaves,
needles, and grasses students become acquainted with
wood in its smallest state and with the forest ecosystem.
They are forced to design on their feet surveying the
ecosystem from top to bottom is search of materials and
structural design ideas. The forest ecosystem of
intertwining scales of supporting vegetation and the
structural composition of trees are the typological
precedents. They are working 1:1 at a very small scale
collapsing the scale of the forest into the area between
their hands. Nest building methods as a means of
construction are also studied. The assignment
foregrounds some of the forest's earliest inhabitants,
animals, in particular the way birds employ the forest's
materials. This is the first step in the chronological

Figures 3-12: Iterations of Model 1, Fall 2014 showing the
weaving of primary, secondary, and tertiary structural systems.
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Figures 13-20: Iterations of Model 1, Fall 2015 showing the
weaving of primary, secondary, and tertiary structural systems.

4 BENTWOOD STRUCTURE
Guided by the School's tri-cultural mandate and
following the historical pattern of the forests habitation,
the second 1:1 model involves human scale and utilizes
local First Nations' traditions of bentwood structures.
Students design and build a structural system from
saplings and branches with jute twine as lashing for
connections. Structural principles of loads, forces,
tension, and compression are presented in lecture and
experienced through the building of a structure similar to
a wigwam. The wigwam served historically as the
typical dwelling for Northern Ontario's semi-nomadic
First Nations peoples serves as typological precedent.
The assignment begins with a lecture on small bentwood
Aboriginal structures that have been documented in the
upper Great Lakes region. It is an architectural history
lecture on a building type, which was served the area for
several thousand years. Wigwams were networks of
saplings and branches bowed to complete domed
structures, which were covered in birch bark or reeds to
house a family. These buildings had a life span of
approximately three years of use before they were
allowed to recede into the earth. What is shocking when
one begins to research this type is the paucity of
documentation on this subject considering its importance
to sustaining human existence in the area. The
unearthing and examination of this almost eradicated
building culture is one of the educational goals of this
assignment. The near erasure of First Nations traditions
and culture is of central interest to the School of
Architecture at Laurentian. We are dedicated to
researching these nearly forgotten building types. Our
aims are to learn from the past to apply to the future.
What can we learn from a semi-nomadic culture that
lived in extremely elegant structures, which relied on
maximizing the potential of small cross sections of
almost unprepared wood?
Jerry Otowadjiwan an Ojibwe builder and Elder,
discusses and interprets the building type's construction
methods and meanings for the students. He particularly
addresses Anishnabek belief systems as represented in a
model he has built of a large ceremonial long house. A
long house could also be used as a warehouse for goods
or as communal living quarters accommodating many
families under one roof. In its original proposition this
assignment had been designed to accommodate one
person standing based on an Ojibwe shaking tent. A
shaman stands upright in a shaking tent becoming a
conductor between the heavens and the earth, which
causes the harvested sapling and birch bark structure to
shake. Jerry became very concerned that having our shop
full of ritual conduits may produce a confluence of
spirits of unknown intentions. He requested that the
assignment be changed to the more benign domestic
wigwam as precedent. The structure is sized to
accommodate one person sitting or reclining rather than
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standing. This gives human scale to the model's height
and length. The structures are explorations in structural
elegance relying on pre-stressing small cross sections to
achieve relative static equilibrium within in an
acceptable drift tolerance. Students examine the minimal
material cross-section to strength relationship achieved
through funicular and triangulated geometries. They
bend members, lash them together and push on the
structures to test load transfers. Working in teams of four
or five they can experiment with bending several long
members at once. They see and feel tension and
compression.
One of the most interesting responses to the design
problem from a team of students relied on double
bending saplings into overhead coils, which supported a
woven seat. The structure didn't reach relative static
equilibrium until the seat was occupied post stressing the
already pre-stressed wood to its maximum capacity and
anchoring the structure in place through the added
human weight. Another answer involved the concept of
tensegrity, where members swirled diagonally along the
dome, creating a large space with a minimal amount of
members. Other concepts of cantilevers, compression
and tension rings, and bundling of multiple small cross
sections to achieve strength were discovered. See
Figures 21-30 for iterations of Model 2.

Figures 25-27: Iterations of Model 2, Fall 2014 showing
examples of bundling and contained cantilevering.

Figures 21-24: Model 2, Fall 2014, coiled birch saplings were
used as springs to build achieve static equilibrium through
loading.

WCTE 2016 e-book | 5698

5 JOINED WOOD STRUCTURE
The third model assigned in the course looks to arrival of
European traditions to the area. Starting in the
seventeenth century French voyageurs ventured into
North America's interior with birch bark canoes using
the Great Lakes basin as their transportation system.
They traded goods for animal pelts with the First
Nations. These log cabin trading posts were the first
timber buildings in the region using European
construction techniques. Successive waves of
immigrants with their own building traditions followed.
The Europeans introduced metals into construction
methods of the area in the form of the steel axe to square
and join heavy timber into solid homogenous mass load
bearing shear walls of the log cabins. The log cabins
were locked at the corners with overlapping joints. The
joinery became more exacting with time as the metal
tools diversified to include chisels and slicks. Where as
the lashing of structural members to one another and to
sheathing in First Nations architecture allows for a semidynamic building working with exterior loads, European
traditions used tight, fixed connections and mass to
build walls normal to the ground plane to rigidly
defy exterior loading in attempt to achieving static
equilibrium without drift.
One of the hundreds of regional woodcraft traditions of
Europe is presented to the students in a detailed lecture.
Franconian, a southern German culture, timber framing
is looked at in detail to see the development of joinery
techniques from over lapping joints to mortise and tenon
in this traditions development from the middle ages to
the renaissance. Through this example one can see how
informal, almost spontaneous structural planning gives
way to very exacting structural systems are developed.
One can see how rudimentary shelter making evolves
into structural systems that integrate loads and forces
into ornament. It is a story of beams carrying roof loads
into posts, held upright through diagonal bracing, into
the ground. The posts, beams, and diagonals are all fitted
together with precise joinery. At the scale of a sawhorse
the diagonals can be abandoned. The traditional central
European sawhorse is built of right angles where the
loads applied to it are resisted through its pegged mortise
and tenon joints. The sawhorse is a wall in miniature.
Loads are applied across its horizontal member and
carried to the ground through the vertical posts. The
dynamic lateral loads that are applied through its use are
resisted by the rectangular geometry's connections.
Uniform, point, axial, perpendicular, horizontal and
vertical loads can be easily understood with the object in
hand. The sawhorse is for all practical purposes a
moment frame. The sawhorse is broken down into free
body diagrams to teach students about shear and moment
diagrams.
Figures 28-30: Iterations of Model 2, Fall 2015 examining
tensegrity, sphere, and opposing shell forms to achieve
stability.

Teams of two students design and build the sawhorses
within tight perimeters. The first year the assignment
was given the only limitation was the final working
height of the horizontal member. While there were many
interesting answers to the problem it was felt that there

WCTE 2016 e-book | 5699

needed to be more controls in order for students to
concentrate on basic structural concepts. This pulling
back allows students to think of design as detail and not
only as sculptural form making. Developing precise shop
drawings is of utmost importance to a successful project.
For many students this is the first time they will be
building off of plans that they had made themselves.
When the class is taught this fall all teams will be
required to draw a 3D computer model rendered as an
exploded axonometric drawing to help them realize the
model. This model will allow more careful consideration
of the variations on mortise and tenon joinery. Once
completed load distribution can be experienced through
the students while making and fitting the joints, as
well as testing the joinery through extended use in the
school's shop. The horses are tested through attrition
while be used by all students on other design build
projects. Iterations of Model 3 follow in Figures 31-36.

Figures 31-33: Model 3, Fall 2014, free interpretation of
sawhorse where designs deviated from the intended
concentration on joinery.

Figure 34: Model 3, Fall 2015, a large contingent of the
sawhorses corraled.

Figures 35-38: Model 3, Fall 2015, horses transformed to free
body diagrams to test student understanding of shear and
moment through uniform and point loads.

6 NORTH AMERICAN LIGHT
FRAMING DRAWINGS AND MODEL
In the fourth and final exercise, the current dominant
Anglophone culture is represented through contemporary
residential construction techniques. It also a tightly
controlled assignment, which gives the students the
opportunity to make a complete set of framing drawings
for a simple building box. North America's common
light framing employing '2 by' members are the basic
components for this exercise. Here 1:25 and 1:10
framing drawings allow the students to explore local
building codes in relation to a complete building system.
The sizing of the floor joists and roof rafters, window,
and door headers are extrapolated from the Ontario
Building Code's tables and then tested through equations.

WCTE 2016 e-book | 5700

Within this exercise a number of lessons are brought
together including: relationship of the individual '2 by'
members to the whole with its reliance on 12", 16", and
24" centres for laying out framing, its reliance on metal
fasteners, the lapping of members to form joints,
layering members for strength, and the use of 4' x 8'
lateral sheathing as determinants for structure.
Engineered wood products such as OSB, TJI's,
LVLs, glulams, and parallams are introduced into the
courses vocabulary.
Students draw upon their
experiences from the earlier tactile models to transfer
their knowledge of load tracing to analyse this web of
industrially produced lumber products which combine to
form load resisting diaphragms. Extensive testing takes
place at this time in the course to check this knowledge
of basic structural principles and load transfer.
Assignment 4 drawings follow, Figures 39-41.

Figures39-41: One set of framing drawings: floor, wall, and
roof with two details.

7 CONCLUSIONS-DISSEMINATION
This course has been offered twice with its third version
coming this fall. The results and development of the
course have been encouraging. The main differences
between year one and two have been the setting of
tighter perimeters across the assignments as the students
answers to the problems have been analysed. Conversely
the light framing project which has been the consistently
most limited will be given some room to breath this fall.
This will give students the opportunity to flex some of
the structural muscle they have built through the earlier
work. Another change over the first two years has been
the addition of graded quizzes and essays to test their
assimilation of the model building goals. A structural
engineer will be coming in this fall to run the numbers in
lecture format parallel to the model exercises to make
the bond between theory and practice ever tighter.
Through precedent, and as institutional memory is
developed, future student work should only become
stronger. Structural literacy and understanding of the
potentials and limits of wood as a building material will
shortly be informing upper level design studios.
Laurentian Architecture is developing a wide vocabulary
to speak an advanced language in contemporary wooden
architecture. Rooted in place this course is designed to
nurture an intuitive and tactile introduction to basic
structural principles, crafting an innate foundation to
inform future inquiry into the infinite potential of timber
construction conceived and calculated on computers in
today's contemporary practice.
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A NOVEL WOOD ENGINEERING EDUCATION INITIATIVE
Asif Iqbal1, Maik Gehloff 2, Guido Wimmers 3
ABSTRACT: The new Master of Engineering in Integrated Wood Design program offered by University of Northern
British Columbia (UNBC) is a year-long graduate program designed for young professionals working in the industry
and continuing students alike. The program has been launched with direct funding and help from the provincial
government of British Columbia, Canada. The idea is to build on the province’s expertise with wood products and
construction to encourage more applications of wood. One of the main focuses is to facilitate increased applications of
value-added materials. The course material has been designed to teach design and application of modern engineered
wood products as well as traditional types of wood.
The program will cover areas from multiple disciplines such as wood science, structural engineering, building science
and construction. The entire program will start at the beginning of the calendar year to better suit the working
professionals and is scheduled over three semesters. The students will go through the theories, work with the materials
in the laboratory and work out the details for the design projects. The modern building with state-of-the-art facilities and
the laboratory with sophisticated equipment will provide some of the best learning opportunities available. The program
is breaking new ground in wood engineering education in North America and is poised to raise the level of practice in
wood design.
KEYWORDS: Wood Engineering, Education, Structural Design, Building Science

1 INTRODUCTION 123



Two-thirds of the BC’s land base, 55 million hectares, is
covered by forest and forestry is one of the major assets
of the region [1]. As part of the province’s Wood First
Initiative the current BC government is focused on
meeting the labor market demand as well as promoting
further applications of Wood Technology [2] . In recent
years there has been a demand for increased engineering
capabilities in northern BC. UNBC has taken steps to
address the need and the new program is part of that
initiative. British Columbia is furthermore aiming in
increased value added secondary wood manufacturing, a
niche that the new program is also addressing with
curriculum content aimed at wood processing and prefabrication, including future technologies like robotics.



2 CURRICULUM
2.1 LEARNING OBJECTIVES
The objective of the program is that each student
develops a passion for advanced engineering with wood
and graduate with integrated design skills such as:
 Appreciation of wood as a building material
1
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asif.iqbal@unbc.ca
2
Maik Gehloff, University of Northern British
Columbia, maik.gehloff@unbc.ca
3
Guido Wimmers, University of Northern British
Columbia, guido.wimmers@unbc.ca



Understanding of structural engineering to
design efficient and innovative systems
Knowledge of energy efficient, durable and
sustainable building practices
Familiarity
with
modern
design
and
construction technology

2.2 COURSES
Sixteen courses have been laid out to be offered over the
course of a calendar year [3]. The major areas covered in
the courses are wood science and processing, structural
engineering, building science and prefabrication.
Wood science focuses on wood as a building material.
Students will delve into the structure of the wood on
macroscopic and microscopic scales to fully understand
the material and its properties. Understanding the
physical, chemical and mechanical properties of wood is
essential and in designing with the material. The physical
properties have direct influence on properties related to
thermal performances of wood fiber based insulation,
chemical properties relate to fire behavior while
mechanical properties are crucial for acoustics and
structural engineering. Furthermore, an in-depth of the
material and its various properties will allow graduates
to design structures that will last when protected from
decay causing effects or designing for fire protection for
example.
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Structural engineering will be at the core of the program
with multiple courses on areas ranging from the basics to
special topics. Analysis and design with wood is covered
in detail to develop in-depth understanding of member
and connection design with different types of wood,
particularly engineered wood products. Courses will
cover concept design to fully developed structural design
from gravity loads and lateral design to connection
design. The material is mostly used for low-rise
conventional wood frame construction utilizing lumber
and plywood or OSB sheathing for lateral stability. Since
the inception of British Columbia’s Wood First Initiative
and provinces like Quebec and Ontario following suite
with code changes to allow 6 story wood frame
construction and an increased use of mass-timer in
construction changed the landscape and scope of wood
engineering and now far surpasses conventional
engineering and 6 story buildings. The program is the
first of its kind in North America to address these fast
changing challenges.
Another significant topic to address the new challenges
and the strive for ever taller and larger wood structures
included courses looking at long-span roof structures
such as portal frames and arches. Wooden truss
structures applicable to both long-span roofs and
pedestrian bridges are part of the topic. Common floors
and roof types including those suited for longer spans are
also discussed.
There will be a course devoted to tall wood and hybrid
structures. Starting with the history and development of
tall buildings the course will lead to the current state of
the art. Lateral force design of mid-to-high-rise buildings
for both wind and seismic loads will be covered in detail.
Some of the latest developments in this area will be
discussed to identify likely new directions in the near
future.
Some of the courses will be offered as special topics
allowing flexibility to vary the subject and in-depth
content from year to year in response to industry and
market needs. One of the special topics planned is
structural dynamics and seismic design of wooden
structures. With the anticipation of students with diverse
backgrounds this course is planned as an introduction to
the subject. Starting with the fundamentals of dynamics
the contents will extend to dynamics of multi degree of
freedom systems leading to seismic analysis and design
of building structures. Current code provisions on the
topic will be highlighted to familiarize the students. Case
studies involving applications of a number of innovative
ideas in new design and retrofits will be presented. Some
of the emerging concepts and approaches such as
performance-based philosophies and displacement-based
design will also be discussed.
A number of project design courses are planned
throughout the year. These are intended to help develop
the students’ design skills through working on particular
projects. The projects will include different types of
practical structures allowing the students to work at

different phases from conceptual development to detail
design throughout the program. One or more of the
potential projects planned for the first year will involve
post-tensioned timber concept developed in New
Zealand [4,5] in the last decade and recently adopted in
North America and Europe [6,7].
The projects are further enhancing the interdisciplinary
and integrated nature of the program by requiring
students to apply all previously gained knowledge and
setting up sag ways into the next set of courses
furthering the understanding of the importance of the
decisions made and their impact on the next step in the
overall process from manufacturing to installation.
When educating the next generation of timber engineers,
these future design experts will have to be able to
understand the building as a whole. Every decision made
in the design process has implications on the entire
structure. The connection design would have to keep
manufacturing constrains, installation sequencing and
envelope design in mind. The inclusion of the wood
processing and pre-fabrication content will give a basic
understanding on constructability including fabrication
and installation, while content taught on building physics
/ building science will highlight the importance of proper
envelope design and the effect afore mentioned
connection design could have on thermal bridging as
well as the acoustical performance of the structure.
The Building Science courses form one quarter of the
whole program. and discuss envelop design, energy
efficiency, passive house concepts, fire engineering,
acoustics and sustainability. An integrated and holistic
approach to design is important to create well
performing, long lasting sustainable structures. Students
exposed to a sizable amount of building sciences content
will allow students further development and
specialization in building sciences or a specific topic
within it by having a solid fundamental knowledge and
understanding of the field. Students pursuing careers in
structural engineering will benefit from the content as
well as it includes fire engineering and acoustics but also
keeping in mind the implication structural design choices
can have on the thermal performance of the structures
envelope and thus contributing to its overall
sustainability.
Students will delve into topics like heat transfer, vapor
pressure and migration but also at the acoustic properties
and sound propagation when looking at envelope design.
Discussing the basics of fire sciences and the response of
structures and wood during fire will not only allow
students to design structures for fire safety whether
individual members or the structure as a whole, but also
the use of woods response to fire as a preservative by
way of creating a char layer to make wood more resistant
to decay and insect attacks.
Another field of timber engineering students need to be
introduced to is wood processing and pre-fabrication.
The discipline of engineering has long adopted computer
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software to aid the design process. Timber engineering
has adopted that technology as well and actually keeps
developing in that technology with industry specific
software solutions. When talking about the use of
computers in engineering one of the first was Computer
Aided Design (CAD) with a long history and
development from 2D drawings to integrated 3D models
with the increased performance of computers. That
increase of performance in computers has also lead to
the wide spread use of structural design software, most
notably Finite Element Analysis (FEA) and Finite
Element Method (FEM), which has also long gone into
3D. Specialized industry specific programs or program
modules are available and with more research being
done in timber engineering these software solutions are
becoming highly specialized and adopted to the material
wood.
The current strive for ever larger and taller wood
structures, constructability is a topic that is gaining in
importance and inclusion in design considerations.
Structures of that magnitude as well as high performing
smaller structures like passive houses are starting to
stress the importance of proper planning to the last
detail. Quality control is no longer only an option but a
must to ensure the integrity of our new high performance
structures. Pre-fabrication is the method of choice for the
construction of these structures, allowing for short
installation times and high levels of quality control.
The field of timber construction has employed prefabrication for a few years now, all be it in smaller more
specialized areas like timber framing. However, some of
these pre-fabrication companies have utilized specialized
Computer Numerically Controlled (CNC) machines for
years and the machine manufacturer are constantly
improving on that technology by integrating robot arms
in their machines. Computer Aided Manufacturing
(CAM) software with 3D capability specialized for
timber fabrication is in use today.
An integrated wood design program should introduce
these tools to students especially since there is a trend
and development toward Building Information Modeling
(BIM) that is high potential for even more effective
design process from concept to completion as well as the
operation and eventually deconstruction of the structure.
A hands on approach, by drawing/modeling design
components including connection and being able to
process them on industry relevant equipment will greatly
improve the appreciation of the effects certain design
decisions have in fabrication and installation. By keeping
the equipment current and including robotics in the
teaching will allow graduates to understand the
technological developments and their effects on future
design possibilities.
2.3 FORMAT AND ORGANIZATION
The program has been divided into three semesters
starting with the calendar year in January ending at the
end of the calendar year in December. Compressing the
content to an intense 1 year program will make it easier

for working professionals to take a leave and complete
the program in a timely manner. Following the calendar
year proved to be the choice of industry professional as it
allows to finish up projects and release students in the
slower winter month and get them back into the design
office prior to the next influx of work with the
construction time ramping up again in spring.
The courses will be delivered in block structures, one at
a time over two to three weeks with a larger design
project of six weeks to conclude the program. Courses
will include lectures and laboratory work as well as
design exercises. They are arranged in a way that the
students learn the theories first, develop a feel of the
real-life challenges in the laboratory and use those to
solve problems and work out details during the project
design assignments.
The course based Master of Engineering program is
planned to be extended into Master of Applied Science
Program from the second year, with reduced course
works and an additional research and thesis component.
It is expected that the students choosing to enroll in the
Masters of Applied Sciences program will develop
further understanding of certain topics through research
to present in their thesis and potentially go on to pursue a
career in research.

3 VENUE AND FACILITIES
The BC government invested in setting up the Wood
Innovation and Design Center (WIDC) in Prince George
to provide the facilities for the program (Figure 1).

Figure 1: WIDC in Prince George, British Columbia

The purpose-built venue [8] is currently the tallest
modern wooden building in North America and world’s
tallest non-residential wood building of modern times. In
addition to being a fine example of engineering with
wood, it provides state-of-the-art teaching facilities with
classrooms with sophisticated audio-visual equipment
(Figure 2).
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planned that will leverage the program covering multiple
disciplines in the curriculum.

Figure 2: The lecture theatre with audio-visual equipment

One of the attractive features of the program is the
option to deliver and participate in lectures and
presentations online. With the advanced multi-media
capabilities and communication links the lectures can be
made available virtually anywhere in the world in real
time. Similarly, the students can take attend online
courses delivered by external faculty members from a
different location.
The laboratory is equipped with modern building tools
including a Computerized Numerical Control (CNC)
profiling machine and testing equipment (Figure 3). In
addition to teaching the laboratory will also be used for
research purposes in the near future with additional
testing equipment.
The faculty members have a wide-ranging local and
international expertise and experience. A number of them
are in the process of joining the program and several
international experts will also be invited as visiting
faculties.

Figure 3: The laboratory with CNC profiler

4 RESEARCH
The Integrated Wood Design program also has the
potential for specialized as well as multidisciplinary
research. With the faculty members from a wide range of
backgrounds, diverse research focus is anticipated. At
the same time inter-disciplinary research activities are

Figure 4: The programmable robot for educational use

Major research areas include structural and seismic
engineering particularly for multi-storied buildings, tall
wooden structures, structural connections, building
envelops, energy efficiency and passive house
technology, prefabrication and industrialization of wood
construction. Further research is expected through
interaction among faculties with different specializations
and also in collaboration with Natural Resources and
Environmental Studies graduate program of UNBC [9].
A state-of-the-art facility is currently under planning that
will facilitate research in building physics and
prefabrication as well as structural engineering. The
laboratory equipment will further include equipment for
structural and material testing, vibration testing of
structures, particularly floor vibration and acoustic
testing. It will also provide the space for assembly and
testing of prefabrication members and systems. Some of
research accessories such as material testing machine,
building physics measurement sensors and vibration
testing equipment are already available and more are
currently in the process of being acquired. The required
space and support structures are currently in the planning
process and opportunities are being explored for the
necessary funding.
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5 CONCLUSION
The masters program in Integrated Wood Design is
currently underway with the first intake of students.
Plans are already underway to expand the program to
also offer a Master of Applied Science degree. Students
will have to submit a thesis in addition to completion of
the necessary courses. Master of Architecture and Doctor
of Philosophy also included in the list of degrees planned
to be offered in the near future.
University of Northern British Columbia is actively
involved in the process of launching a Civil Engineering
Undergraduate program as an addition the current
Environmental Engineering program. That will also
widen the academic involvements for the Integrated
Wood Design program with additional teaching and
research opportunities.

Figure 5: Structural material testing machine

It is anticipated that the planned facility will also attract
other researchers interested in relevant areas such as
material science, wood physics and wood chemistry
leading to multi-disciplinary research in conjunction
with the engineering faculties. With accumulation of all
the personnel the ultimate expectation is to develop a
Center of Excellence for Multidisciplinary Research on
Wood.
The research laboratory will further serve as an
educational facility so that the students in this program
and senior level undergraduate and graduate students
from other programs can gain first-hand knowledge and
experience with testing procedures, the preparation and
testing of models, the implementation and use of data
acquisition systems, etc. Students will also have the
opportunity to use the facility to fabricate and test
structural components and systems.
In the long term the facility is expected to make a
tangible difference in application of wood in design and
construction in the province, throughout the country, and
internationally. The research performed in the facility
will promote wood as a building material and will serve
to enhance the forestry industry. Research on Engineered
Wood Products in particular is expected to help diversify
the industry through encouraging applications of new
products and techniques.

The Integrated Wood Design program is unique with
specialization, professional focus, format, delivery
methods and facilities. It is anticipated that the skilled
professionals coming through the program will
contribute to sustainable developments in the province
through innovative and inspiring solutions. Plans to
expand the program’s academic and research activities
are expected to enhance that initiative.
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UMASS DESIGN BUILDING: A CATALYST FOR REGIONAL CHANGE
Peggi Clouston1, Alexander Schreyer2
ABSTRACT: The University of Massachusetts, Amherst is in the process of constructing a four-story, 87,600 ft2 (8,100
m2) structure which will be one of the first institutional buildings in the US to employ engineered mass timber. The fact
that this is a heavy-timber building is a significant accomplishment in a region that suffers in many respects from a current
lack of familiarity with wood construction (despite extensive history in it). The building, and its on-campus construction
activities, presents an ideal case study, which the authors have seized as an opportunity to extoll the benefits of wood to
public and university officials, students, practitioners and the broader design community in the region. This paper
describes the multi-faceted approach undertaken to educate, train and raise awareness of the hows and whys of building
large institutional building with engineered mass timer. It is the hope of the authors that these strategies will be viewed
as a roadmap for other universities to follow suit and encourage colleagues to persuade building authorities of other
institutions to at least consider one large-scale wood structure per campus.
KEYWORDS: Wood Education, Public Relations, Outreach, Interdisciplinarity, Project-based learning

1 INTRODUCTION 123
Presented with an opportunity to combine expertise from
four design disciplines in the built environment, the
University of Massachusetts (UMass) in Amherst is
building a new structure to co-locate the Building and
Construction Technology (BCT) program together with
the department of Landscape Architecture and Regional
Planning (LARP), as well as the department of
Architecture. This new structure, known simply as the
Design Building (Figures 1 and 2) and located near the
south entrance to the Amherst campus, will demonstrate
leading-edge timber engineering not only to the students
who study there but also to the campus audience and
broader design community of the region. A first of its kind
in the US Northeast—and in many technical aspects even
the entire US—the building is a demonstration structure
for how engineered wood can be incorporated into large
institutional structures. This paper relays the educational
and promotional activities around making this structure a
catalyst for change in the regional design community to
consider and embrace wood for large-scale construction
projects.

as a demonstration project to exemplify principles of
sustainability in the built environment and to represent the
various professions who inhabit it. This led to user
requests for a beautiful, energy-efficient building with
sustainable materials and a water-efficient landscape
(Figure 1). Paramount among all of the sustainable
aspects of the building is an exposed glue-laminated wood
frame together with floor slabs of composite, crosslaminate timber (CLT) panels with a cast-in-place woodconcrete composite system, as well as a hybrid timber
"zipper" truss in the main atrium. Overall, the building is
slated to contain approximately 70,600 ft3 (2,000 m3) of
engineered wood products.

2 UMASS DESIGN BUILDING
The building was designed by a woman-led architecture
firm Leers Weinzapfel Associates from Boston, MA,
whose former projects include the MIT Media Lab and
many other university and public buildings in the Eastern
US. The Design Building (originally named the
Integrated Design Building) was intended from the outset
1 Peggi Clouston, University of Massachusetts, Amherst,
clouston@umass.edu

Figure 1: Sustainability Design Strategies

2 Alexander Schreyer, University of Massachusetts, Amherst,
schreyer@umass.edu
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To provide a high-level of design of the wood structure,
Vancouver-based Equilibrium Consulting in conjunction
with Boston-based engineer-of-record Simpson,
Gumpertz and Heger (SGH) were chosen as structural
engineers. The entire superstructure was then bid as a
fabrication-erection contract, which was awarded to
Nordic Structures from Quebec, Canada as the fabricator
and North-South of New Hampshire as the erector, with a
consulting role performed by Bensonwood of New
Hampshire. Overall, the building carries a $36M
construction cost and $52M overall project cost. The
construction-manager-at-risk (CMAR) is Suffolk
Construction of Boston, Massachusetts.
The building is scheduled for completion in winter
2016/17 with an opening slated for the following spring
semester (Figure 2).

Figure 2: UMass Design Building (view from West)

2.1 BACKGROUND STORY
Initially, the structure of the Design Building was to be
framed in steel with concrete floors and masonry shaft
walls, which is the current status-quo for institutional
buildings of its scale in the US northeast. UMass,
however, has a history of epochal material systems with
many campus buildings dating from the 1960s made of
concrete (among them some prime examples of brutalist
architecture). Being historically a land-grant agricultural
campus, UMass also still boasts some centuries-old
wooden barns and wood-framed buildings. In that
context, the Design Building’s heavy timber structure can
be seen as a reflection of the university’s roots as well as
possibly the start of a new construction material epoch.
The authors (and others) early in the design process
encouraged the university and design team to consider
applying their area of research—engineered timber and
wood-concrete composites—to the project. They were
subsequently successful in having a cost comparison
performed between two alternate construction systems: a
steel frame (Type II-B according to the International
Building Code) and a heavy-timber frame (Type IV-HT).
This led to some hard cost figures and some softer
estimates, which purportedly considered uncertainties of
the “new” construction method. The potential for cost
overruns associated with a heavy-timber frame was then
estimated as a seven-figure dollar amount. It should be
noted—and it was impressed upon the planners by the
authors—that while the timber frame has an inherent fire
resistance due to its massiveness, the steel construction

system that was costed possessed no required fire
resistance at all and omitted any benefits of a “structure
equals finish” principle. Such an unequal comparison was
therefore skewed at the outset toward favouring the statusquo of steel and concrete.
Ultimately, political will, centered mainly around
supporting the rural forest economies in Massachusetts
and providing environmental building alternatives,
provided a guarantee for $3M through the 2014
Environmental Bond Bill. This additional contingency
fund, along with the will to make the building a
demonstration structure, ultimately swayed the university
to proceed with the wood structural option (Dolan, 2015).

3 ACTIVITIES AND EVENTS
Various activities and events have occurred (or are
planned to take place) to celebrate and complement the
showcase nature of the building. Intentionally broad in
appeal, the activities are designed to engage people who
are both directly and indirectly affected by adoption of
new technology: students and faculty in the field of
building, practicing architects, engineers and builders,
public policy makers, and government officials. There
was also a concerted effort to reach out to the general
public - people who are not necessarily affected by new
technology or even interested in building – to help inspire
a general appreciation and cultural shift towards building
with wood in the community. The following outlines
some of these efforts.
3.1 FLOOR MOCK-UP BENCH
The floors in the Design Building are comprised of a high
performance wood-concrete composite system that was
researched and published by the authors (Clouston and
Schreyer 2012, 2008; Clouston et.al. 2005, 2004). The
fact that the research was embraced by the design team
and was ultimately implemented into the structure was a
compelling story, one that needed to be told.
The opportunity presented itself early in the project to
engage students in the telling of the story by having them
construct a floor mock-up. As part of an independent
study course, led by Professor Schreyer, three students in
the Building and Construction Technology program were
tasked with building an 8 ft (2.4 m) long wood-concrete
bench. The bench (while arguably extremely
overdesigned) serves as a scaled-down demonstration tool
to explain the wood-concrete composite floor technology
in the new building.
As shown in Figure 3, the bench consists of a three-layer
cross-laminated timber (CLT) slab, generously donated
by Nordic Structures (the wood composite fabricator for
the building). Above the CLT is a 0.75 inch (19mm) layer
of rigid insulation and a 3 inch (76mm) cast-in-place
concrete topping. The concrete and the wood layers are
connected rigidly with glued-in shear “HBV” connectors
by TiComTec from Germany.
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The floors in the new building will span much further (25
feet or 7.62m) and consist of 5- and 7-layer CLT slabs,
but the structural principle behind them can already be
seen in the mock-up.

otherwise uninterested in new construction techniques
and wood technology. Many passers-by stopped there to
linger, to meet up, and/or to simply take photos; indeed, a
fun hashtag-project #gridshellfie was created.
Coordinators of special events (like the 40th anniversary
celebration of the Fine Arts Center) took advantage of the
shell to attract event participants. Flyers were even sent to
local elementary schools to encourage school groups to
visit and learn about the shell’s fabrication process.
A sign posted at the shell linked back to a website that
explains the various activities involved in creating the
shell: www.woodontheplaza.info. The website also
showcases a student-created virtual exhibition which
provides fast facts about environmental benefits of wood,
wood technologies implemented in the Design Building,
and local forest and tree species objectives.
3.2.1 Wood Design Studio Course

Figure 3: Student-built Mock-up of Wood-Concrete Floor
System in the Design Building

3.2 WOOD ON THE PLAZA PUBLIC ART
PROJECT
Wood on the Plaza was a public art project to help raise
on- and off-campus awareness of the significance of the
wood in the Design Building and to demonstrate the
possibilities of using wood in high-tech applications. Part
of a credit-based university course, the project entailed
having students design and build a massive timber grid
shell on the highly visible plaza of the Fine Arts Center
on campus (Figure 4). A fitting location, the plaza is one
of the main gateways to campus on which sits the
university’s Fine Arts Center, housing a 2000 seat concert
hall as well as the University Museum of Contemporary
Art.
The grid shell was on display for three months in the
spring/summer of 2016. During this time, the Design
Building was under construction nearby having the effect
of one wood structure being in the same sight line and
complementing the other.

Figure 4: Wood on the Plaza Public Art Exhibition

While the Design Building was of tremendous interest to
local practitioners and upper level policy makers, the shell
drew substantial attention from the general public. The
shell’s fun and artistic appeal served to reach out to groups

The entire process of bringing the shell into reality
encompassed two separate semesters of a design/build
course called the Wood Design Studio taught by Professor
Clouston. The course itself is designed with a problembased learning pedagogy to engage students in all aspects
of construction collectively around a common goal. In
other years, students have designed and built pedestrian
bridges and structural composites. This year’s project was
framed around a functional art piece.
The shell was a collaborative effort by an interdisciplinary
and multicultural mix of UMass Amherst students. The
project challenged students to carry out the conceptual
and engineering design of the grid shell (which was
accomplished with four grad students in the first
semester), and the fundraising and fabrication
/construction process of the grid shell (which was
accomplished with 10 undergrad students in the second
semester). The undergrad students acted as ‘student
leaders’ to as many as 25 other students from many
different fields and backgrounds across campus during the
shell construction and raising phases.
High school students were even involved in the project.
During a 2-day Summer Design Academy workshop, a
cohort of 15 high school students from across the US
helped build a 9ft (2.74m) scaled prototype of the shell
(Figure 5). This activity helped trouble-shoot questions
around how best to splice long laths of wood in the field
with large groups of students who are not necessarily
schooled in building and construction.
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Figure 7: Finite Element Model of the Grid Shell

Figure 5: Prototype Construction of Timber Grid Shell with
High School Students

3.2.2 Grid Shell Design and Engineering
Graduate students developed a conceptual design and
layout of the shell by first studying articles on previously
constructed timber grid shells located primarily in Italy
and Romania. It was found that a fairly large variation of
different shapes, connections systems, and abutment
conditions are available and well described in the
literature. The preliminary conceptual design was agreed
upon to be a double grid system with a square shape using
a total 84 laths, the longest being a substantial 41 feet
(12.5m). All laths were from local White Ash due to its
high bending strength and relatively low stiffness.
The structural analysis was conducted using a
combination of software tools. Grasshopper® - a
graphical algorithm editor software for form finding
integrated with the software Rhino3-D allowed students
to predict how the shell geometry changed when altering
set parameters like gravity loads (Figure 6).

Figure 6: Grasshopper Model of the Grid Shell

A 3D Finite Element Analysis was also conducted (Figure
7) to estimate bi-axial residual stress at large abutment
displacements which enabled the group to finalize
necessary lath size (nominal 0.75inch x 2.75inch or 19mm
x 70mm) and predict final shell dimensions. Shell
dimensioning was a critical aspect of the design;
maximum dome height (11ft or 3.35m) and entrance
heights (7ft or 2.13m) needed to be in compliance with the
building code to secure the building permit.

3.2.3 Grid Shell Fabrication and Construction
The undergraduate student leaders headed up fabrication
of the laths. Supplied in lengths of between 8ft (2.44m) to
10ft (3.05m), one of the primary tasks was to structurally
join the pieces into portable lengths of 21ft (6.4m).
Various connections were experimentally tested in the
lab, but in the end, a scarfed structural finger joint
connection was chosen to be the most effective. When the
lath pieces were full length, 2.5in (63.5mm) slots were cut
at center width at 2ft (0.61m) on center (Figure 8).

Figure 8: Finger Joint and Slot Cutting Production Line

The shell was first assembled on flat and connected at the
intersecting nodes with bolts. The construction company
from the Design Building, Suffolk Construction, loaned
crew and equipment which helped to expedite the raise
process of the shell; a crane lifted the shell at four central
points to allow the shell to drape into a natural dome shape
while the abutments were coaxed into position using two
diametrically opposed winches (Figure 9).
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Site visits have proven highly successful for improving
the understanding of the construction method among the
public and professionals. In fact, they have been so much
in demand that the university and the construction
manager had to put time slots and guidelines in place to
control the multitude of groups.
3.4 WOOD STRUCTURES SYMPOSIUM
The Wood Structures Symposium is an event held at
UMass every few years to highlight the ingenuity and new
direction of contemporary wood architecture. Sponsored
by industry, it is targeted for architects, engineers,
builders,
building
officials,
and
construction
technologists, as well as educators and students of
building design, engineering and architecture. This year’s
focus will be on the new Design Building and its
incorporation of innovations in wood engineering and
construction on large-scale, institutional use of wood.
3.5 PRESS AND NEWS ARTICLES
Numerous news articles have been written to various
stakeholders including: campus and regional news teams
as well as for professional groups such as US forest
service and the Western Mass AIA (American Institute of
Architects).
Figure 9: Grid Shell Raising Process

3.2.4 Grid Shell Fundraising and Publicity
Students were given the responsibility of raising funds
and seeking out material donations. Students created and
posted three promotional videos that aired on a UMass
crowd sourcing website: minutefund.umass.edu. A total
of $4,500 US was raised through company sponsors,
friends, and family. A local mill and furniture supplier
(Lashway Lumber and Ponders Hollow) generously
donated all material worth the market price of
approximately $10,000 US.
Students generated a large database of photos and videos
that were shared profusely through social media and
blogs. The shell received local press coverage and was
promoted for weeks on various social media channels. All
in all, the publicity to the program and level of selfefficacy that the students received made the project an
excellent success in all respects.

4 DOCUMENTING CONSTRUCTION
In a regional environment where heavy-timber
construction is still being encountered with scepticism
and resistance, it was seen as crucial to document the
construction process thoroughly. This would then provide
the public with a visual understanding of the simplicity,
beauty, efficiency, and speed of this type of construction.
Several techniques were therefore used to document the
building’s construction process.
4.1 MEDIA
Photographic and video records were created by several
different entities. As a commercial contractor, Multivista
provided on-site photography that was then linked to
floorplans (Figure 10), as well as webcams.

3.3 PRESENTATIONS AND TOURS
Collaborative presentations (with faculty, project
participants, industry representatives, and government
officials) and tours have been organized to various
groups: regional architects and engineers, facilities and
campus planners at nearby colleges as well as at relevant
conferences. Those included regional meetings of the
Society of College and University Planners (SCUP) in
Rhode Island and New York, the MassTimber conference
in Portland, OR, the BuildEnergy conference of the
Northeast Sustainable Energy Association (NESEA), the
ABX conference of the Boston Society of Architects, and
several WoodWorks US presentations in Massachusetts.

Figure 10: Multivista photo documentation
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Further, photography and video was created by UMass
Media Relations, Suffolk (the construction managing
firm), the authors of this paper, and many others (UMass
News and Media Relations, 2016; Suffolk Construction,
2016; Schreyer, A., 2016).
Those images and video have since been used for
university promotion, by industry groups at conventions
(e.g. at the 2016 AIA Convention), and at industry
presentations (e.g. at a WoodWorks US event). As an
example of the public’s interest, a UMass-produced video
about the construction progress had been viewed at the
time of writing by almost 4,000 viewers over the
timeframe of the past two months (Figure 11).

largest and most advanced such building in the eastern
US, to their efforts. In addition, Massachusetts is
colloquially often abbreviated as “Mass”, which provides
an added dimension to that term.
Figure 12 illustrates the frequency of Twitter users’
mention of the #MassTimber hashtag over the time period
of a week (5/11/2016 - 5/19/2016).

Figure 12: Frequency of Twitter users mentioning
#MassTimber
4.3 STUDENT INVOLVEMENT

Figure 11: UMass-produced video on YouTube
Contrary to many other construction projects where
quality documentation is mainly only employed for the
finished project to document the architectural component,
it was deemed important by the authors to thoroughly
document the construction process as well. Such
documentation (mainly photos and timelapse videos) can
then serve as a visual guide for similar projects, which
again supports the educational mission of the Design
building.

One of the user’s requests during the hiring process of the
designer and construction manager was to—within
reason—provide for student involvement and the use of
this project as a learning opportunity. This was very
generously accommodated through student internships as
well as site visits.
Student internships not only enable a small number of
students to see first-hand how the building is constructed,
if organized well they also allow for daily photos and
daily blog entries for the benefit of other students, faculty,
and the public. Such internships furthermore provide a
sense of ownership to the student community because site
tours can then be guided by student interns instead of
anonymous project managers (Figure 13).

4.2 SOCIAL MEDIA
Social media outreach was viewed by the authors as a
crucial tool to reach a broad audience. Main channels
were the Building and Construction Technology
Facebook and Twitter accounts as well as the authors’
Facebook, Instagram, and Twitter accounts. In addition,
UMass News and Media Relations and Suffolk promoted
the building via their channels as well.
To provide a level of consistency, a coordinated effort was
made between the authors, the university social media
managers, and Suffolk’s media managers that certain
hashtags were to be used in conjunction with this project.
Those
were
#UMass,
#DesignBuilding,
and
#MassTimber. While the first two simply describe the
name and affiliation, the #MassTimber hashtag was
concurrently being used by the timber industry advocates
(WoodWorks, reThink Wood, and others) to promote this
type of construction in the US and Canada. It was
therefore deemed important to link this project, being the

Figure 13: BCT students during a site internship
Over the three semesters that accompanied the building’s
construction, another faculty member in BCT
implemented a course that was solely meant to bring
students onto the site for bi-weekly visits, and project
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managers from the various contractor and subcontractor
firms to the classroom for discussions. This very popular
course provided enrolled students with an even greater
depth of understanding for not only the materials and
methods of construction, but also for processes and
negotiations related to construction management. In
addition, a similar site-visit-based course in the
department of Architecture used the site as a teaching tool.

5 REACTIONS AND CONCLUSIONS
The Design Building at UMass will serve as a catalyst for
change in New England; this we know and have already
witnessed through unprecedented interest by the building
industry at large as well as the general public. No other
university building at UMass has drawn such attention
during construction as to require time restrictions and
official protocols to maintain control over the number of
site tours. Moreover, the media attention that the
university has enjoyed as a result of constructing a wood
building on campus is extraordinary.
The authors have capitalized on this unique opportunity to
engage a variety of people in the broader building
community and to educate and raise awareness around
wood benefits and new technologies. A hands-on
approach to wood education has been applied for various
levels of participants, from school-age students, to
matriculated university students, to the general public. It
is argued that this community inclusive approach both to
the construction industry and the general public, will
catalyse the acceptance of wood into large-scale
applications, create a progressive thinking culture around
wood in construction, and, in the end, produce more
timber-friendly advocates and structures.
Our efforts related to the Design Building provided us
with some invaluable lessons:
•

•

•

Project briefs should always include a learning
component that all contractual participants agree
to. This is not limited to campus buildings, but
needs to be implemented broadly. With still
insufficient teaching capacity about wood
structures in many universities, such “embedded
learning” is an important means to educate future
wood builders.
Learning and documentation efforts should
always have a broader, public component. This
has the potential to bring significant details to a
much wider audience, which ultimately
improves the overall quality of design and
construction.
With construction sites always fenced-off to the
larger public, it is a useful approach to bring the
excitement and interest of wood construction
into the public realm. Wherever possible, related
mock-up, public art, or similar projects should be
encouraged and actively implemented. Mock-up
building can also be used to convince public
officials of the value of wood construction

•

•

because they allow the material to be personally
experienced.
Where a significant public interest is envisioned,
it is suggested that an accessible viewing
platform be constructed at the edge of the
construction site. This provides the opportunity
for site visits without the necessity of disrupting
work on site.
A unified social media presence (or even a media
campaign) should be implemented for each
project. This is especially true where many
different sources generate content and talk about
the project. Such unification can be implemented
with a simple hashtag or through professional
media managers and their campaigns.

In summary, while timber is beginning to gain world-wide
acceptance as a large-scale construction material
alongside steel and concrete, a significant amount of
personal involvement and persuasion is still needed to
acquire a wood-framed university structure, or even just
to have wood as a structural option. The more effort
expended by members of the timber community who are
in the fortunate position of being able to influence change
(like educators and political leaders), the faster change
will take place. Precedent structures, like the Design
Building at UMass, help make the case of wood’s
structural, economic, and code viability. To this end, the
authors encourage other educators to take action to help
facilitate the building of other university wood structures
by talking to their facilities managers and campus
planners.

6 CALL TO ACTION
Given the positive reactions to the Design Building that
we received at UMass, the authors would like to propose
a challenge to educators worldwide, industry colleagues,
and national wood supporting organizations to take up the
mission to enable at least one wood structure on each
university campus. This can be facilitated, for example,
by providing seminars to campus planners, or seeking
funding to help make possible realistic cost comparisons,
or creating studies that evaluate general feasibility of
building with wood at the early stages of the design
process. It is often not necessary to fund more of such a
building through industry programs because a compatible
cost-comparison with other materials together with any
sustainability mandates can be enough to make such a
building possible.
Such an approach goes beyond solely teaching about
wood in Architectural/Engineering/Construction (AEC)
curricula. It brings this material into the field of view of
many of tomorrow’s professionals and demonstrates often just by virtue of its existence on a campus - the
feasibility of wood as a structural material.

WCTE 2016 e-book | 5715

7 REFERENCES
Clouston, P. and A. Schreyer. 2012. “Experimental
Evaluation of Connector Systems for Wood Concrete
Composite Floor systems in Mill Building Renovations.”
International Journal of the Constructed Environment, 2
(1): 131-144
Clouston, P. and Schreyer A. 2008. “Design and Use of
Wood-Concrete Composites”. ASCE Practice Periodical
on Structural Design and Construction, 13(4), pp. 167175
Clouston, P., L. Bathon, and A. Schreyer. 2005. “Shear
and bending performance of a novel wood concrete
composite system,” ASCE, Journal of Structural
Engineering, 131 (9): 1404-1412
Clouston, P., Civjan, S., and Bathon, L. 2004. “Shear
behavior of a continuous metal connector for a wood
concrete composite system.” Forest Products Journal,
546, 76–84.
Dolan, K. 2015. “Into the Wood”. New England Forestry
Foundation Newsletter. April.
<https://drive.google.com/file/d/0B4eoL3H4JEZoM1Bw
elZaMWhtZEU/view> accessed 5/20/2016
UMass News and Media Relations, 2016. “Design
Building Progress”.
<https://www.youtube.com/watch?v=Eb56P4nUaOk>
accessed 5/19/2016
Suffolk Construction, 2016. “High-tech timber erected at
UMass”.
<https://www.youtube.com/watch?v=DQc6Y2CHBME>
accessed 5/19/2016
Schreyer, A., 2016. “UMass Design Building
Construction Timelapse”. < https://youtu.be/LH-mIp2pSQ?list=PLxUo4IvucrueR7wJYoKC3BLYyUS99Cpu> accessed 5/19/2016

WCTE 2016 e-book | 5716

TIMBER ENGINEERING EDUCATION FOR STRUCTURAL ENGINEERS
Craig Barnes1, Michelle Kam-Biron2, Uchenna Okoye3, Brent Perkins4
ABSTRACT:
More than half of universities in the United States offering civil or architectural engineering degrees do not include a
timber design course as part of their curriculum. Utilizing the National Council of Structural Engineering Association
(NCSEA) – Structural Engineering Curriculum Surveys, studies by the wood industry, and other resources, this paper
will describe the limited availability of these courses at all higher education levels. It will also study various attempts
by the wood industry, academia, and professional engineering organizations to facilitate timber education, provide
recommendations for further research, and detail improving resources available for timber education.
KEYWORDS: Timber Design, University Education, Wood Industry

1 INTRODUCTION 123
Timber is an attractive construction material for many
reasons. It is easy to work with, relatively inexpensive,
and environmentally sustainable, and most products are
readily available. It is the most widely used construction
material in the United States (U.S.) for low- to mid-rise
residential structures. While the non-residential market
has in recent years been dominated by the use of
concrete and steel, it has been identified as a sector
primed for extensive growth in market share for timberbased structural systems. Internationally, designers are
embracing the sustainable qualities that timber brings to
buildings and have incorporated innovative structural
timber solutions beyond the traditional framing that is
typical in the U.S. Despite these growth prospects and
the already prevalent use of timber on most low-rise to
mid-rise residential and some commercial projects, many
young engineers have not had enough formal education
in timber design and construction to design typical wood
buildings, let alone incorporate innovative timber
solutions into their designs. More than half of U.S.
universities that offer accredited degrees in civil or
architectural engineering do not include a timber course
as part of their curriculum.
Practitioners have long known that a majority of students
graduating from schools that educate aspiring young
1
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Figure 1: Metropol Parasol, Seville, Spain 2011
Source: Züblin Holzingenieurbau

structural engineers have, for the most part, received
neither a basic understanding of timber engineering nor
wood properties.
NCSEA Structural Engineering
Curriculum Surveys of engineering schools have
consistently shown that only forty percent (40%) of
institutions offer the fundamentals of timber engineering
in either undergraduate or graduate degree programs.
The National Council of Structural Engineers
Associations (NCSEA) has worked to address this issue
in a variety of direct and indirect ways. Unfortunately,
while broad in scope, most efforts have proven to be
marginal, and have so far failed to facilitate significant
change within academic communities.
The wood industry has also tried various methods of
introducing timber design and construction as both
continuing education and university coursework.
However, implementation of these methods has been
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sporadic, either proving disjointed, or, where successful,
insufficient to meet the demand. In recent years, the
wood industry has chosen to concentrate its effort on
continuing education rather than university education.

2 NCSEA EDUCATION EFFORTS
Through work with practitioners and academia, NCSEA
has expended considerable effort in identifying the need
for students to have formal training in timber
engineering within a university environment.
Its interface with practitioners has revealed that timber is
one of three core curriculum areas of deficiency in the
minds of potential employers. These three areas include:
• Timber Design – Instructing the student in the
technology of the material and the engineering
necessary to design structural elements in
timber
• Masonry Design – Instructing the student in the
technology of the material and the engineering
necessary to design structural elements in
masonry
• Writing – Training the student to be competent
in communicating both orally and in writing to
technical and lay persons
NCSEA has also worked extensively with schools and
universities, both to analyse curricula and develop
effective ways of exposing students to practical timber
design and detailing.
2.1 EDUCATING THE EDUCATORS – THE
BROAD EFFORT
Through its Basic Education Committee (BEC), NCSEA
established a subcommittee to work with the Structural
Engineering Certification Board (SECB) and universities
to expose students to opportunities for timber
engineering and help them understand the desire from
potential employers for that education. To support this
ongoing effort, NCSEA will continue to work with
practitioners to understand their evolving needs related
to timber engineering education.
2.2 TEACHING TIMBER
NCSEA is working with the SECB to develop an
education certificate that includes a timber design
component and is transferable among universities. Other
activities include:
• Development of a resource list for students to
identify schools and universities that can satisfy
timber engineering requirements.
• Development, jointly by practitioners and
educators, of a rigorous timber engineering
program and expected outcomes.
• Efforts with the SECB to encourage engineers
seeking certification to have timber engineering
in their background.

2.3 ADVANCING CURRENT CONDITIONS
Continual learning is a hallmark of a successful design
professional in the architectural, engineering, and
construction (AEC) industry. Whether an engineer is a
recent graduate or seasoned designer, education received
eventually becomes outdated or incomplete. As such,
NCSEA has implemented an array of programs to
continually educate practitioners with regard to wood
design and use:
• Self-teaching
• Seminar and webinar programs
• In-house workshops at the practitioner’s place
of employment

3 NCSEA SURVEYS
3.1 OVERVIEW
NCSEA curriculum surveys of schools and universities
that offer educational opportunities for students desiring
to become professional civil/structural engineers, reveal
that masonry and timber engineering are only offered by
approximately forty percent (40%) of those surveyed. In
general, schools recognize the need for timber and
masonry curricula but are under pressure to move
students through the program as quickly as possible, and
do so in a way that controls tuition costs.
3.2 DELVING INTO THE NCSEA EFFORT
At the turn of the century, practitioners and firm owners
were becoming more and more concerned that schools
were not preparing engineering students academically to
enter the workplace. There were three major recognized
deficiencies.
First, schools were failing to make a solid distinction
between civil/environmental engineering courses and
structural engineering courses. Students lacked guidance
on course selection and the corresponding impact that
has on becoming either a civil or structural engineer.
Students with a broad civil engineering degree were
often just "finding" their way into a structural
engineering office without having the appropriate
educational background. That made it necessary for inhouse training that many firms were not prepared to
offer, and many offices raised the education bar to
require new employees to have advanced degrees.
Recognizing that creating awareness and interest in
structural engineering with students needed start well in
advance of college enrolment, the Structural Engineers
Association of Massachusetts tested two approaches.
However, both had limited success and a discussion on
this effort is beyond the scope of this paper.
Second, the definition of “core” curriculum and
coursework for a new engineer varied widely from one
school to another, requiring additional preparation in the
engineering employer’s office.
Third, students were often not exposed to construction
materials such as timber and masonry, and some schools
were allowing a student to graduate with an
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undergraduate degree that did not contain a course in one
or more of timber, masonry, concrete, or steel. With the
exception of well-disciplined cooperative (co-op)
education schools and cooperating employers, a student
would graduate with a toolbox of courses (basic analysis
through design) but little idea of how to apply them.
Schools without a co-op program have been filling that
gap with capstone projects. A capstone is essentially an
opportunity for the student to learn how the contents of
the toolbox apply to real-world applications. Given the
tight credit load, a capstone may be a one-course, oneterm option with a term paper of substantial length and
depth, or it could be a full-term elective course.

Where schools are not in a position to provide formal
timber engineering education, instruction provided by
trade organizations and engineering groups such as
NCSEA and the American Society of Civil Engineers
(ASCE), serve to fill in some of the gaps. Examples
range from webinars and in-house presentations, as
noted, to more concentrated efforts such as the 4-hour
seminar developed and presented by R. Terry Malone
based on his book, The Analysis of Irregular Shaped
Structures, Diaphragms and Shear Walls. Because these
are out of classroom opportunities, the burden of
acquiring timber education is placed back on the
engineer and engineering firm.

Tasking Effort
Faced with this conundrum, the NCSEA needed to
gather information in two areas. As a first step, it set out
to survey universities and schools to learn what each
institution in the U.S. provided by way of curriculum.
An undertaking of this size had never been attempted
before.

Dr. Timothy Mays of the Citadel in South Carolina is
undertaking a different approach. Using sabbatical time
and limited resources, Dr. Mays is preparing a textbook
that can be used for self-teaching by a trained engineer
and/or as a textbook in the academic environment to
prepare students in timber, masonry, and foundations.
Dr. Mays plans to offer a concentrated course during a
summer session at the Citadel, with the intent being that
engineers will live on campus during the program. The
topics chosen by Dr. Mays are those usually not made
available to students as part of a degree program, as
revealed in the NCSEA Structural Engineering
Curriculum Survey.

Following a two-year period of data gathering by
NCSEA, a "core" curriculum program was developed.
The results of that effort were followed shortly thereafter
with a consensus of what those courses should contain.
ABET 2000 became the model for outcome assessment.
Several school surveys have revealed that most of
academia would enjoy offering timber and masonry
engineering if time permitted and resources such as
funding, qualified instructors and space were available.
This has led NCSEA to begin developing a splitsemester course covering both timber and masonry. The
objective is to provide students with basic knowledge
either to support self-teaching to a greater concentration
in either topic, or elicit recognition that greater academic
concentration is required. This is similar to students
recognizing that the basic course in reinforced concrete
design can be expanded into a greater depth of
concentration with another semester covering topics such
as pre-stressed or post-tensioned concrete design.
As a second step, it also needed to better understand the
views of practitioners. A small gathering of professional
engineers and academics with like minds is one thing;
members of the BEC of NCSEA needed to determine if
their concerns reflected a consensus feeling of a larger
body of engineers and therefore sought to gain
information directly from membership.
Recognizing that the practitioner survey will likely
continue to demonstrate that a large number of
practitioners would like to have new engineers prepared
with some level of instruction in timber material and
design, NCSEA has been engaged in a two-pronged
approach to providing that knowledge by verbally
surveying its members and in the process of developing
a survey to a larger audience via an electronic survey.
Some of these efforts go back 10 years.

A similar effort proposed by Northeastern University in
Boston, Massachusetts would likewise have concentrated
instruction in timber, masonry, and foundations. The
program was proposed to run for three (3) consecutive
evenings of three (3) hours each. Instruction would have
been provided by paid experienced practitioners or
university instructors. Unfortunately, the projected cost
exceeded what individuals were willing pay to attend.
This result highlights the benefit of providing instruction
in the traditional classroom environment where
economies of scale can be realized.
Following NCSEA's effort to provide a substantial level
of training in timber and masonry within a combined
curriculum, Northeastern University set out to locate a
qualified instructor who would be able to instruct in both
timber and masonry at the academic level. However,
Northeastern has found that an educator with those
qualifications is not easy to come by. This tends to
support the more general understanding that instructors
at that level are not readily available.
A potential option in this area that has not been explored
in-depth is the use of practitioner instructors. The
Boston Architectural College (BAC) in Boston
Massachusetts offers a model of this approach. BAC
and most architectural programs recognize that architects
need to be well-versed in a variety of construction
materials and systems, and have a rudimentary
understanding of the engineering principles that guide
their use. For many years, young engineer practitioners,
in their particular field, have been tasked with providing
instruction to architectural students in a classroom
environment. Craig E. Barnes knows this first-hand,
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having instructed over a period of years, a one-semester
course in each of Construction Material Technology,
Reinforced Concrete, and Structural Steel design. These
were all evening programs of two hours per week for a
full semester. Instructors participate in this education
effort as a pro bono activity. Where the practitioner and
classroom space is available, that same approach could
be used as a commercial venture or at alternative settings
such as local universities. The level of instruction in this
type of environment would fall short of the technical
university rigor, but would serve well as basic
instruction.
Another approach was proposed in “Changing Structural
Engineering Education” (STRUCTURE MagazineAugust, 2007 by Craig E. Barnes), suggesting that
schools might be willing to share their resources with
students from other schools for credit purposes and for
monitoring by practicing engineers.
Geographic
locations such as Boston Massachusetts, with local
schools that include the Massachusetts Institute of
Technology, Northeastern University, Tufts University,
and Wentworth Institute of Technology, could be ideally
situated if the cooperation were developed. Sharing
works with library resources, why not technical courses?
Clearly, this is more difficult in geographic areas where
campuses are isolated.

industry about the sustainable attributes that wood
products offer, there is a demand for structural engineers
to understand how to design with wood. The potential
increase in wood products’ use is evident from various
market studies going back as far as the 1980’s in the US
building arena. In addition to the US forest products
industry, the Canadian wood industry exports a large
percentage of wood used in the US. As an example,
forests cover nearly 60 percent of British Columbia’s
(B.C.) landscape and in 2003, of the $13 billion of
B.C.’s exported wood, 62 percent was shipped to the
U.S. In 2011 there was a decline in the export to the
U.S. to 38 percent due to constrained access to the U.S.
Even though there was a decline, both the U.S. and
Canada wood industry have a vested interest to increased
wood product growth in the U.S.

A substantial part of NCSEA’s effort is to work with
practitioners, through its national network of state
member organizations, to be a clearinghouse for the
identification and resolution of national and regional
practitioner concerns. As indicated, the survey in 2000
brought educational concerns to the forefront. In 2016,
NCSEA is updating the survey of practitioners with a
nationwide effort. In an ever-changing engineering
environment, response from practitioners will be used to
provide guidance for future programs and engineering
education efforts.
Engineers have for centuries been the unsung heroes of
the building effort.
Without their combined
development in material technology and analytical
ability, most projects would not be possible. The result
of this development and growth is perhaps demonstrated
no more clearly than in the design of wood buildings.
Senior engineers were raised in an area of heavy timber
and dimension lumber, which are still the mainstay for
most timber designs.
But advances in material
technology have resulted in a wide spectrum of what we
define today as engineered wood and mass timber
products (glued-laminated timber, structural composite
lumber, cross-laminated timber, trusses, panelized
elements, fabricated modules, etc.), providing tools for a
whole new generation of timber structures.

4 WOOD
INDUSTRY
STRATEGY

MARKET

4.1 OVERVIEW
With a rising growth in innovative wood products that
are available and an increasing awareness in the building

Figure 2: Shares of B.C. Forest Products Exports (value) by
Destination
Source: Forest Innovation Investment
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The wood industry has about 90% of the market share in
the residential sector and thus a larger potential for
market growth is in the non-residential sector.
4.2 CANADIAN MARKET RESEARCH
A 2012 report titled, “Strategic Plan 2012/2013 – 17/16”
by Forestry Innovation Investment, outlines goals, target
outcomes, and initiatives for 5 years for British
Columbia (B.C.) forestry, economic development and
international trade. The strategic plan recognizes nonresidential opportunity given new products supported by
computerized design and an increasing number of
architects and engineers across North America who now
consider wood-based building systems as an option for
mid-rise and larger buildings, particularly given the
many environmental benefits of building with wood.
Although the strategic plan does mention a desired
outcome of increased wood use in North American nonresidential construction with key initiatives to: a)
Encourage technology transfer to architects, engineers
and developers in selected regions, and b) Invest in
training and technical support to foster successful
introduction of wood construction technology in nontraditional markets, it does not recognize architectural or
engineering students as groups to influence.
4.3 UNITED STATES MARKET RESEARCH
A March 2004, an article titled “Wood Use in
Nonresidential Buildings: Opportunities and Barriers”
discussed a study performed on the North American nonresidential construction sector which explored wood use
and perceptions held by architects and engineers with
respect to the structural use of wood in non-residential
buildings using an extensive mail survey and a series of
specifier focus groups. Most of the designers surveyed
had learned little or nothing about wood in school and
many felt that the lack of post-professional education in
wood and other transfer of wood knowledge to
professionals who practice design is an issue especially
in comparison to the resources competing material
industries provide.

common material for all other building types. However,
wood could be used for all of these building types under
the provisions of the building code and therefore there is
substantial growth potential for wood to be used in the
non-residential sector.

Figure 3: Percentage of Primary Building Structure Material
for Low-Rise Nonresidential Buildings in the U.S., 2011
Source: APA – The Engineered Wood Association

The dominance of concrete and steel may be a reflection
of the practicing architects’ and engineers’ familiarity
with the use of these materials.
As mentioned
previously, surveys show that universities offer both
concrete and steel as part of their curriculum to earn a
degree in civil/structural engineering, whereas wood is
offered less frequently. However, none of the three
materials are required to earn a degree in civil/structural
engineering. Additionally, there is substantial research
supported by the steel and concrete industry and major
users of those materials such as state highway
departments for University educators and researchers. In
contrast, the wood industry provides relatively little
support for researchers and even less to educators.
The wood industry definitely recognizes the potential to
penetrate the non-residential market, as is evident in

Figure 4. Actual and incremental potential for wood
productsbelow showing the potential for wood products

for various non-residential building construction.

A 2011 report titled, “Wood and Other Materials Used to
Construct Nonresidential Buildings in the United States“
studied construction of one to six story low-rise nonresidential buildings stating that this sector “is an
important market for lumber, engineered wood products,
and structural and nonstructural wood panels in the
United States.“ Buildings more than six stories are
normally severely restricted by the building codes from
being wood framed and tend to be considered “highrise“
which adds another level of complexivity.
The report categorized the “building exterior wall
primary structural material” as the primary framing type
in low-rise non-residential buildings and compared wood
to other common structural materials such as concrete
and steel as shown in Figure 4. Actual and incremental
potential for wood products Wood is the most popular
primary wall material for hotels, concrete is most
popular for industrial buildings, and steel is the most

Figure 4. Actual and incremental potential for wood products

Source: APA – The Engineered Wood Association

The impact that the wood industry has had on the
low/mid-rise building sector is evident by a 2015 report,
“Strategy for Promoting Concrete for Low/Mid-Rise
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Table 1:Nearr-Term Opportuunities for Expaanded Use of Wood
W
as a Climaate Change Soluution
Source: Forest Climate Workking Group

Buildings.” The report sttarts with a quuote from a 2014
2
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with statisticcs on the impact that the wood
w
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t F.W. Do
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d
f
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30% in 20044 to 22% in 20
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% during that same period.
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f
plann to
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project prom
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Design Asssistance Pro
ogram targetting develop
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It is noted that they
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ver, as mentiioned previou
usly,
concrete alreeady is establlished withouut much threaat in
University edducation.
4.4 RECO
OGNIZING
THE
ASPECTS OF WO
OOD

SUSTAINAB
BLE

In addition too the businesss aspect of woood use, theree are
societal beneefits when coonsidering climate change and
the environm
mental impactt that wood use can provvide.
There are quite
q
a few scientific
s
repoorts that toutt the
environmental benefits off wood. A 2015
2
report titled,
W
in Builddings – Including
“Expanding the Use of Wood
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Tall Wood Buildings – Helps to Support Clim
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change. Woood material is about 50%
% carbon by dry
weight. One cubic meter of
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50kg
t about 7000-900 Kg CO2
of carbon, equivalent to
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CO2 from thee atmosphere,, stores the carrbon as wood
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and wood m
materials), the use of wood products help
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GHG) balancees by:
• the avoidance of
o industrial process carrbon
emissions (such as
a in cement manufacturing
m
g);

•

•
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e
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b
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i an examplee
Thee Bullitt Centeer in Seattle, Washington is
of the
t environmeental benefits of
o wood use:
• Carbon Benefit of Woood Use in Buullitt Center
• Volumee of Wood Useed = 24, 526 cubic
c
feet
• U.S. and
d Canadian Foorests Grow thhis much
wood in
n = 2 minutes
• Carbon stored in the wood
w
= 545 metric
m
tons of
CO2
• Avoidedd GHG emissiions = 1,158 metric
m
tons off
CO2
• Total Pootential Carboon Benefit = 1,703 metric
tons of CO2
C
Thee report mainttains that therre is considerable potentiall
to reduce
r
GHG emissions annd mitigate the
t effects off
clim
mate change with
w increasedd use of woodd as shown inn
Tabble 1.
Oveer the past 10 years, there has
h been an inncrease in thee
awaareness throu
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induustry of thee
trem
mendous impaact that builddings can havve on climatee
chaange related too energy consuumption and more
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recently,,
the impact resultting from the material that is chosen forr
struuctural framin
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form
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fedeeral agencies and avoidancce of carbon emissions byy
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gnizing the neeed for inform
mation transferr
andd education ab
bout sustainablle qualities off wood.
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5 WOOD INDUSTRY EDUCATIONAL
EFFORTS
5.1 OVERVIEW
Noted previously, the market share for wood in nonresidential buildings has been small compared with other
materials. Structural use of wood in mid-rise nonresidential buildings and tall buildings is relatively low.
A 2015 report titled, “Expanding the Use of Wood in
Buildings – Including Tall Wood Buildings – Helps to
Support Climate Preparedness and Mitigation,” states
that only 28% of all non-residential buildings that could
be wood per the building code are actually being
designed in wood. The other 72% are being built with
products that are more fossil fuel intensive to
manufacture. It also states that the use of traditional and
innovative wood design, including hybrid-wood design
on a broad scale is feasible and can be achieved safely
and economically.
With the potential for growth of wood buildings in the
non-residential low-rise market as well as mid-rise and
high-rise markets, what is being done to assist design
professionals to design in wood? These types of
buildings can be more complex and have higher
occupancies than single-family residential homes. For
example, mid-rise residential wood over concrete
podium buildings (Figure 5) can be more complex when
dealing with multiple stories of wood construction in
addition to the lateral design of high seismic or wind
loads, depending on the geographic location in the
nation. Even design professionals that have had wood
design in college might find designing a mid-rise wood
building as a huge challenge.

Figure 5: Multi-family Mid-rise Wood Construction

A 2009 paper titled, “Research, Technology Transfer,
and Education Needs Assessment for Non-Residential
Wood Structures in California” summarized the results
of a study of user-identified research, technology
transfer, and educational needs for wood-frame nonresidential buildings in California. California was chosen
because wood is generally accepted by the design
community and there is a degree of familiarity and
expertise on the use of wood. The results from the study
indicated numerous obstacles that must be overcome for
wood to fully capitalize on opportunities in nonresidential buildings. One of these obstacles is the lack
of wood-related university courses and insufficient
design aids. Additionally, designers lack confidence in
using wood in engineered buildings but this lack of
confidence can be overcome with proper education.
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Figure 6: T3 Office Building, heavy timber naillaminated timber construction - Minneapolis, Minnesota
Source StructureCraft
5.2 WOOD PRODUCTS PROMOTION COUNCIL
In the 1990’s, Wood Products Promotion Council
(WPPC) members APA-the Engineered Wood
Association (APA), Southern Forest Products
Association (SFPA) and Western Wood Products
Association (WWPA) in cooperation with the
Association of Collegiate Schools of Architecture
(ACSA), developed resources for educators who were
interested in teaching wood. The WPPC Teaching Tool
Package (TTP) program included small wood product
samples in addition to a syllabus to assist teaching basic
materials and wood design. ACSA was the conduit that
connected professors with the WPPC TTP program.

The last year packages were sent out was in 2000
and since then the program has ceased to exist due
to lack of support.

5.3 AMERICAN WOOD COUNCIL
As early as 1997, the American Wood Council (AWC)
has had a presence in the building industry providing
continuing education on building codes and the
standards that are developed by AWC (previously
AF&PA). These were provided mostly through in-person
training and eventually web-based learning when the
technology became available. In 2006, a North American
Professors Conference was spearheaded by AWC and
co-sponsored by APA and the Canadian Wood Council.
The purpose of the conference was to bring together
professors from throughout the US and Canada to learn
about the latest on timber design and construction and
develop wood education strategies. Although the
conference was a huge success, in 2009 there was a
dramatic drop in education due to the US housing
recession. In 2013, AWC renewed its education efforts
and has since returned to pre-2009 levels. In addition to
self-directed courses on the AWC website, nationwide
continuing education efforts have been primarily through
webinars and in-person training partnerships with
WoodWorks, APA, NCSEA member organizations,
International Code Council chapters, and occasionally
with Universities. There are also resources for educators
such as free AWC Standards, free online continuing
education courses, and student discounts on AWC
standards used in timber engineering courses. AWC
continues to explore partnership opportunities with other
organizations to increase the number of timber
engineering courses taught at the university level.
5.4 WOODWORKS
In 2007, the Wood Products Council launched the
WoodWorks program which provides free project
assistance as well as education and resources related to
the design of non-residential and multi-family wood
buildings. Goals included education and project one-onone assistance to design professionals who may or may
not have had wood based education in college.
WoodWorks has established itself in most of the major

markets for non-residential construction and has had
significant influence on a wide range of projects.
In order to obtain leads on projects, WoodWorks
provides free continuing education in targeted regions
throughout the nation using three basic formats: lunch
seminars at individual offices, full day workshops and
full day Wood Solutions Fairs (WSF) with multiple
tracks and exhibitors.
In July of 2008, Woodworks partnered with California
State Polytechnic University Pomona to create the Wood
Education Institute (WEI) program. The educational
program was a virtual learning model intended to assist
in offering wood education for undergraduate, graduate,
and continuing education programs nationwide. The
WEI worked on developing educational content that
focused on undergraduate programs interested in
offering a course in wood design. The courses were
intended to be self-taught online and conclude with an
in-person two-day weekend workshop. Currently, WEI is
not active due to lack of financial support.

6 CONCLUSIONS
There is a need for timber courses as part of University
curriculums as well as at a lower level of introduction.
However, without financial support, research
opportunities, faculty, and the Universities’ acceptance
of timber engineering courses, the availability of timber
engineering programs in the United States will more than
likely remain the same.
There have been continued attempts to encourage
colleges to offer timber courses but universities aren’t
providing them due to the following: limited resources,
impacted programs, lack of instructors, reduced required
units, lack of timber research funding, and in some cases
low demand. However, looking at it from a business
perspective within the engineering firms that hire
students from engineering schools, it would seem that an
argument could be made that there is a demand for
college graduates to have timber design as part of their
curriculum.
US practitioners are starting to embrace the sustainable
qualities of wood and want to incorporate more wood
into non-residential buildings. Additionally, both the US
and Canadian construction industry is advancing timber
construction in the non-residential market and pushing to
build bigger, taller wood buildings. The US is playing
catch-up with other countries such as Australia, England,
Norway and Canada who are using timber in
construction that is advanced well beyond what is being
seen in the US with innovative timber products and
structural systems. There clearly is a demand for
structural engineers to have advanced knowledge of
timber engineering.
Current wood industry educational efforts have been
targeting design professionals who have been in the
industry for some time, yet design professionals may not
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have been exposed to wood during their formal college
level education due to lack of availability of timber
design. Design professionals typically have limited time
to learn to use a new structural material due to the high
demands of their job, tight deadlines, demand for billable
hours or they may not want to learn how to design with a
new building material.
The best opportunity to engage engineers regarding the
use of wood is at the collegiate level where as students
they are first learning about building materials.
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INTERDISCIPLINARY DESIGN STUDIO – TIMBER
COLLABORATION BETWEEN ARCHITECTURE AND ENGINEERING
DISCIPLINES IN HIGHER EDUCATION
Marc Schulitz1, Mikhail Gershfeld2
ABSTRACT: This paper focuses on the inter-disciplinary timber design studio offered at the California State
Polytechnic University Pomona (Cal Poly Pomona). The course is a joint effort of the Department of Architecture and
the Department of Civil Engineering. This document summarizes the course organization and structure, the importance
of wood as structural material for an interdisciplinary course of this nature, the educational tools, and the instructors’
and alumni’s experiences.
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1 INTRODUCTION 12

2 CONTEXT

The Interdisciplinary Architecture & Engineering
Timber Studio (A+E studio) at Cal Poly Pomona that has
been taught for over five years is a novelty within the
architectural and especially engineering education
system in the United States [1]. This joint design studio
of two otherwise separate colleges is specifically
designed to introduce students to the interdisciplinary
work environment they will most likely encounter when
they enter the profession. The A+E studio, in an
educational environment, exposes students of both
disciplines to the effective use of wood as a sustainable
structural material and the value of collaboration
between the disciplines.

Until the renaissance, master builders would envision
and build the great buildings of their time. They would
combine all the knowledge needed to design, calculate
and construct these masterpieces. The master builders
essentially played the role of an architect, engineer and
builder simultaneously. Filippo Brunelleschi envisioned
the shape of Florence’s Dome as an architect, understood
the flow of the forces as an engineer, and as a builder,
constructed the building without major support structure.

In the A+E studio, timber is intentionally selected as the
primary structural material. The sustainability, unique
(anisotropic and hydroscopic) material properties and the
progress in manufacturing of modern engineered wood
combined with the human emotional attachment to wood
offers the perfect blend of technical and aesthetic
qualities to be explored in an interdisciplinary studio
environment. Wood structural systems tend to be
determinate and can be analysed by junior undergraduate
students. Structural details and connections require
understanding of the load paths and encourage close
collaboration between architects and engineers. The
great variety of species and techniques to work the
material adds to the design agenda of architecture
students. Visual and sensory experiences are considered
when designing the boundary conditions of spaces.
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Given the means of the times, knowledge was passed
down in the form of apprenticeships, which relied on
experience and tradition. With the inception of the Era
of Enlightenment, science and mathematics allowed for
an analytical approach to evolve, thus extracting the
structural reasoning from the building processes into a
form of calculation exercise. On the other hand, the
advancements of representational drawing during the
renaissance enabled designers to conceive buildings and
cities without necessarily needing to build them.
Aesthetics developed and design as a field acquired
relevance. In other words, the knowledge that was
possessed by the master builder now was
compartmentalized into the artistic and the scientific
resulting in the diverging trajectories of the architects
and engineers. The ground work to consolidate this
separation was laid in the educational institutions.
The shortcomings of the separation of these two
professions in education have been repeatedly discussed
throughout the centuries. The following quote taken
from The Home of Man exemplifies LeCorbusier and de
Pierrefeu’s criticism towards the danger attending
special disciplines: […] The schools where they learnt
stamped them from the start, if not on their shoulders,
then in their minds with well-nigh indelible marks that
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no shower of experiences will ever wash off from most of
them. [2]
We can sense the burden of this pedagogical division; a
burden so great that it can never be removed from the
students’ mind, in spite of the wealth of future
experiences.
This criticism holds relevant today,
especially because of the cultural and social
responsibility these two professions carry as they form
our built environment.
With the separation of the two professions came a
stronger specialization as the disciplinary knowledge
expanded: from compression-only masonry to tensile,
lightweight structures, from cathedrals to complex
laboratories of industrial research. In return, based on
the ever growing amount of knowledge, reliance on one
another’s expertise has increased. In today’s industry
the idea of a master builder unifying all the disciplines is
no longer sustainable. As a consequence though, the
great structural engineer, Christian Menn, notes that
today architects are “paying less attention to economic
considerations and structural issues.” He adds that
engineers “leave all problems of careful shaping to
others, like architects, politicians, interest groups, etc.”
[3]
Despite this division, it persists that the most
outstanding, impressive and inspirational buildings
known today come to life when the dividing gap
between the two professions is bridged and fusion of
thought occurs.
This fusion requires a deep
understanding as well as respect for the art and authority
of each specialty and a truly collaborative architectengineer relationship.
Great homes have been designed in collaboration with an
engineer (Rem Koolhaas and Cecil Malmond’s Maison
Bordeaux). Furthermore, the Millau viaduct (Norman
Foster and Michel Virlogeux) is an example of a bridge
based on collaboration. LeCorbusier, an architect, and
Francois de Pierrefeu, an engineer, visualized the
omnipresent co-dependency of the architect/ engineer
relationship in an excellent illustration shown in figure 1,
pictured in their collaborative publication, The Home of
Man.
The architect is describes as the “homme
spirituell” whilst the engineer is the “homme
economique”. In this image different design topics are
illustrated with triangular shapes which span from the
left to the right side of the page. Each triangle illustrates
the involvement of either profession. The topic number
one representing the erection of a place of worship/
national monument with the architect perceived as
predominantly responsible, and topic number nine
representing the bridge/ road/ barrage/ pier lighthouse,
with the engineer carrying primary responsibility. The
number three position, for instance represents a hospital/
sanatorium/ rest house while the number seven position
represents the artisan’s workshop/ manufacturing
facility. It is worth noting that all building types are seen
as requiring involvement of both disciplines, but of
course at varying levels of magnitude.

Figure 1: Architect vs. Engineer [2]
Rem Koolhaas and Cecil Balmond have a long lasting
relationship. Examples of their collaboration are the
CCTV tower in Beijing and the Maison Bordeaux in
France.
Joerg Schlaich and Meinhard von
Gerkan/Volkwin Marg designed stadiums around the
world together, as well as the main train station in
Berlin. The fertility of the collaboration between Renzo
Piano, Richard Rogers and Peter Rice is embodied in the
Centre Pompidou in Paris. The Munich Olympic
Stadium roof was a collaboration between Günther
Behnisch, Fritz Auer, Joerg Schlaich, Fritz Leonhardt,
Frei Otto and Heinz Isler, all of them yet to become
internationally renowned architects and engineers. What
a remarkable collaboration this was, resulting in a form
that holds its relevance today, more than 40 years later!
What all of these examples have in common is that the
reliance on one another is beneficial and refuses to be
antagonistic. These collaborations are based on respect,
general understanding of one another, and involvement
of both disciplines from the beginning of the design
process

3 EDUCATION TODAY
3.1 PEDAGOGICAL APPROACH IN
ARCHITECTURE
At most universities architecture is taught through
composition and artistry, history, urbanism and social
studies. The historic separation of the two professions in
education leads to the actual learning of structural design
taking a subordinate position amongst students of
architecture. The technical, structural, and building
construction issues are seen as a burden to overcome. In
contrast, most other components of the architecture
student’s education reward speculative approaches and
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ambiguity as a means to enhancing creativity. Outcomes
are open-ended and deliberately left undefined. The
prevalent mode of thought is based on synthesis.
Most architectural education in the U.S. is studio based.
Design studios are taught every term with a different
architectural focus. In this situation, students become
accustomed with open-ended design processes and
experimentation with material. They learn to iterate
their design, review alternative approaches and research
case studies. The non-linearity of the architectural
design process is one of the key objectives being taught.
The emphasis on experimentation results in the tendency
amongst students to defer significant design decisions
until the last minute, under the impression that this
approach will allow for more experimentation.
At most universities the integration of structure and
environmental controls into the design process is
required for only one studio project. In NAAB
accredited programs in the United States the curriculum
is required to have one integrated project. It must be
noted that the integrated project is by no means a
collaborative effort comparable to the cross-disciplinary
integration process in the profession.
3.2 PEDAGOGICAL APPROACH IN
ENGINEERING
The engineering education follows a traditional
academic education model with variations on material
delivery styles. It is physics based analytical review of
the existing knowledge. The methods of teaching range
from simple lecture-lab coursework to project based
approaches. The aesthetic considerations are prominently
absent and societal impacts are peripheral discussions
and seldom focused on in structural design classes. The
appreciation and interaction of structural engineering
with the users is mostly limited to safety considerations,
economics and efficiency. The students spend most of
their time in the classroom listening to professors,
solving textbook problems with essential data provided
as problem definition and taking tests of similar
structure. They also spend time in the labs verifying the
validity of analytical methods and assumptions in
various hands-on exercises to reaffirm the connection
between theoretical work and real behaviour. Even in
their culminating experience, the design of a building
typically starts with a given architectural design, thus
engineers do not experience the most exciting and most
critical part of developing design concepts.
In
engineering education especially, the term design is
often associated with the selection of appropriate
member sizes. The selection of shapes and systems is left
entirely to others.
The future structural engineers are being trained to think
analytically and base their decision on objective science
based rationalizations. They are taught to define the
problem, if necessary break it up into sub-problems and
develop rational, repetitive and verifiable steps for
solving them with the correct solution usually expected.

The exposure of the structural engineers to architecture
and aesthetics in general is practically non-existent and
many of the design concerns essential for good design,
such as qualitative and creative material and system
selection, and the value and joy of the creative process,
are generally absent. As a consequence of the divided
educational paths, this separation continues to persist in
professional practice. Those that are able to adjust are
the exception but they are often associated with some of
the most exciting designs. Although some division of
roles is necessary in order for professionals to obtain and
maintain specific knowledge and responsibilities, there
are certain characteristics specific to each discipline that
often inhibit successful collaboration in a professional
setting. Some of these should be addressed in
educational setting, but seldom are.

4 ASPECTS TO ADDRESS IN AN
EDUCATIONAL SETTING
4.1 DIFFERENT CULTURE OF THOUGHT
SYNTHESIS VS. ANALYSIS
The different pedagogical approaches result in varying
perspectives towards the design process. Typically one
might describe the architect’s way of thinking as open
and equivocal. They have learned to broaden their view
and allow discoveries to happen during the design
process and are open to altering previous design
decisions. In most cases, architects are not aware of all
constraints at the beginning of a design process. Thus
the ability to synthesize late changes is central to their
creative process. This type of thinking, or more
specifically thought pattern, may seem confusing and
inefficient to engineers because they are accompanied by
imprecision and temporary denial of nature’s laws, such
as gravity, specific material properties and natural
hazards to the built environment.
Engineers typically emphasize figuring out the structural
model as a linear process. Through analysis, they
eradicate unfavourable systems and extract the most
favourable one. In a hierarchal way, the structural
system is dissected from the overall structural model
down to the details such as the second and third levels of
framing and connections. Throughout this process
engineering students maintain a controlled, precise and
analytic perspective. Their primary goal is to develop
most economical load paths for self-weight and
occupancy and to transmit its potential energy safely
towards the ground through internal stresses and strains.
The selected load path(s) needs to satisfy site specific
desired global and local demand-capacity relationships
and force-deformation characteristics.
In short, the design culture of the architecture profession
is based on synthesis while allowing ambiguity to occur.
The nature of synthesis is the combination of a yet
undefined number of elements into a new and unified
order. The design culture of the engineering profession
approaches the matter through analysis of the factual.
Analysis is the detailed examination of something
(specific qualities) with a conclusion as a final result.
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Synthesis begins without a whole; it is just parts.
Analysis begins with a whole and extracts parts. These
two procedures fundamentally differ in their foundations
and conflict between the professions seems inevitable.
Modern day technology and endless calculations that it
allows perpetuates the engineer’s emphasis on analytics.
Christian Menn, as one of the great structural engineers
of our day, notes that for engineers, this analytical
tendency leads to the “overrating of analysis and the
underrating of creative work” [3].
When we transpose this dynamic to the traditional
architect-engineer relationship, we see the architect
taking the lead in design processes as the individual who
proposes the design. The architect is the one to
synthesize the preliminary whole out of an endless group
of parts. At this point the architect must have already
envisioned one of the parts: the structural system. The
engineer then takes the architect’s design statement and
analyses its structural concept. This implies a linear,
sequential process that allows the professions to remain
side-by-side throughout the process. The engineer does
not participate in contributing his expertise immediately
at the start of the process. In order for a strong and
effective collaboration to exist, one which is strong and
harvests the knowledge of both disciplines, these isolated
thought patterns of synthesis and analysis must be
overcome.
4.2 PROFESSION SPECIFIC JARGON
Misunderstandings that result from varying approaches
to technical language are counterproductive in allowing
for a rich collaboration to take place. Architects tend to
use suggestive wording like space, atmosphere,
continuity and boundary. Engineers use technical terms
like stress, moment, shear, load and load path when
reasoning. The jargon of both professions must be
learned to allow for healthy communication to take
place. Terms that are used in both professions but have
slightly diverging meanings seem to be amongst the
most problematic. In architecture, for example, the word
“wall” describes a surface object that defines the
boundary of a space. The word does not necessarily
imply an ability to bear loads. In engineering, the word
“wall” usually describes a load-bearing element that can
in some cases also resist lateral loads in addition to
vertical loads. For engineers, the term describes a
particular structural function. It could also be a type of
braced frame, which would not be considered a surface
object defining a space in architecture. Hence, the
seemingly universal word “wall” requires clarification
when used in a collaborative context.
4.3 TIMING OF MOST EFFECTIVE
INTERACTION
The depth of each discipline’s involvement differs
depending on the depth of the project. The timing of the
first interaction between architect and engineer is crucial
to a project. For smaller projects, which require minimal

involvement on behalf of the engineer,
involvement may be perceived as a nuisance.

early

On large projects the form and structure are much more
intertwined. When formal decisions are made in the
absence of properly evaluated structural concepts it
usually results in a less efficient and less satisfying
project. Hence, fundamental structural decisions must be
made by both fields at an early stage and simultaneous
involvement is extremely beneficial.
It leads to frustration for both disciplines if the timing is
off. Premature interaction may inhibit the architect’s
creativity, while too late interaction might result in the
outcome being dissatisfying for both disciplines, because
the design does not live up to the task’s greatest
possibilities.

5 INTERDISCIPLINARY A+ E STUDIO
The A+E (Architecture + Engineering) Studio’s primary
objective is to address the described separation of the
disciplines and start bridging the gap between the
professions as early as possible in the educational
environment. The studio is offered at Cal Poly Pomona
as a combination of two classes, one offered by the Civil
Engineering and one by the Architecture Department.
They are taught jointly in a studio setting. The
engineering and architecture students share the same
space and work in interdisciplinary A+E teams.
The course objectives are:







to develop an understanding of timber as a
structural material and its uses and possibilities,
to create understanding of the student’s own
profession, define and figure out the limits of
each profession,
to create understanding of the other profession,
to clarify the terminology of each profession,
to enable students to develop design alternatives
working in multi-disciplinary teams, and
to highlight the potential and benefits of
interdisciplinary design.

The course is designed to enable architecture and
engineering students to work in unity and in an
environment where they can:




explore basic understanding of the other
profession’s culture of thought (different
thought pattern),
practice healthy dialogue (profession specific
jargon), and
acknowledge that both disciplines need to be
able to give input at the appropriate time
(timing of interaction).

WHY WOOD
The selection of structural material is an important
consideration in encouraging architectural-engineering
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collaboration. The reason for the selection of wood as
the primary structural material is the combination of its
unique mechanical properties, environmental and
aesthetic qualities and the current state of manufacturing
and construction innovation. The material successfully
addresses a range of educational objectives
Wood has been recognized as one of the most
sustainable structural materials due to its ability to
convert carbon dioxide to oxygen during its growth,
collect and store it when harvested and low energy use
for processing. In addition, it offers pleasing aesthetic
qualities and lends itself to natural desire to expose
structure, thus requiring close collaboration between the
two disciplines during design. The innovations in wood
manufacturing and the development of modern wood
materials, such as composite structural lumber, crosslaminated and nail-laminated timber (CLT and NLT)
panels allow the use of wood for structures traditionally
built using steel and concrete. Buildings 8-18 stories
high and spans of 30-50 m have been built using wood in
the last two decades. The lack of codes and regulations
in some jurisdictions allowed holistic performance based
design explorations.
There are also specific educational reasons for using
wood. First, the structural engineering students have
limited abilities in their third or fourth year of education
and may have difficulty analysing often highly
indeterminate structural systems that tend to be
generated with steel and concrete. The wood properties
and construction practices reduce the level of
indeterminacy and make it more aligned with the
training of undergraduate engineering students. Wood
anisotropic and hydroscopic properties require careful
consideration of the surrounding environment (internal,
external use) and a clear understanding of force
application, load-path and load direction. It is extremely
beneficial to expose engineering students to these design
considerations.
The architectural students have to consider properties
and qualities of wood during conceptual design phase,
thus requiring early on collaboration between the
disciplines. The common desire to expose wood
connections is an important part of architectural design
and also requires close collaboration between architects
and engineers. The creative process involved in both
structural system selection and connection development
allows creative process to occur at macro and micro
levels. This is very beneficial to students from both
disciplines as it exposes them to the design process from
conceptual to detailed.
5.1 COURSE STRUCTURE
All course exercises are interdisciplinary group
assignments designed to facilitate collaboration. The
studio assignments are designed in a manner that
compels students from each discipline to venture on each
other’s path. The course is structured as a progressive
competition. Students start by generating multiple
concepts in small groups. Through professional review

selection, (1) during the mid-review the most promising
concepts are selected and larger teams are formed and
(2) during final review the winning project is selected
and a prize is awarded. The course is divided into two
phases.
5.2 PHASE 1 – CASE STUDY AND IMPROMPTU
DESIGN
The introductory assignments break up each discipline’s
preconceptions and enable them to understand each
other’s procedures, thought patterns and jargon. In the
beginning of the class both student groups are introduced
to basic terminology in a lecture format. Fundamental
examples are:








Communicating an architectural parti
Reading moment and shear diagrams.
Materiality vs. material
Architectural space vs. tributary area
Walls as boundaries of space vs. walls as
structural elements
Structural systems – ranges and capabilities
Site design considerations

1A CASE STUDY
In this phase students from both fields collaborate to
analyse performance-based design of buildings and other
structures. During the Winter Quarter of 2014 and 2015
students analysed the relationship between performance
and form of wooden airplanes (dynamic) and of long
span structures (static) based on selected case studies.
They were asked to analyse form and shape by
addressing primary materials, main elements, and the
case studies’ performances. In addition, the student
teams were required to produce a description of the case
studies’ structural design, its structural elements, and its
strategies to enhance performance.
The findings of the case studies culminated in group
presentations, in which the interdisciplinary teams
explain the aircraft and building case study to the whole
class using diagrams, description, drawings, and
imagery. In these instances faculty try to blur the
boundaries between the disciplines by addressing the
entire group when asking specific questions.
The combination of a wood aircraft case study and a
long-span wood structure case study in this first
assignment is deliberate. Both cannot be fully
understood without the help from the other discipline.
The form of both is defined by their functions rather than
an aesthetic approach. The elegance of a plane is derived
solely from the constraints imposed by the required
performance and its response to forces generated by
aerodynamics. The architectural expression a long-span
structure is usually derived in the same manner from
constraints imposed by its response to static and dynamic
forces, such as gravity, wind, earthquakes.
The first assignment focusses on the tools of analysis.
Starting with the whole and then extracts parts in a
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hierarchical manner while assigning attributes of
function, form and performance. This caters more to the
thought patterns of the engineering students. However,
architecture students are accustomed to using case
studies as an entry point to a design studio. The
performance based approach though, requires a more
analytical work ethic which is unfamiliar to them.
The architecture students are required to finish the
analysis of the case studies at the end of the first week.
The engineering students continue the case study and run
calculations on specific intricacies the group has found.
Consequently the architecture students begin the
following conceptual design of the assigned project
slightly earlier. During this time they have some design
flexibility and an unconditional environment before the
engineering students get involved. (Timing of
interaction)
1B IMPROMPTU DESIGN –
STATEMENT & RESPONSE
The 1B assignment is set up as a statement & response
interaction. Instead of allowing an immediate
interdisciplinary collaboration on the final design topic,
the architecture students begin to generate unassisted
impromptu design statement at the beginning of week 2.
At this point, their concept statements are based on the
final design brief that we will discuss in depth in the
following section. At the end of week two, when the
engineering students finish up the structural analysis of
the case studies, the architecture students present their
conceptual design statements to the entire class. The
architect’s presentations are limited to two sheets drawn
by hand (no CAD allowed) and a model.
The engineering students are then given three days to
develop structural design strategies for architectural
ideas they were presented. The engineers then present
their ideas in the same setting on a single sheet drawn by
hand (no CAD allowed) as a form of response.
The strictly organized statement & response scheme
allows the instructors to control the first clash of the
disciplines in a very effective manner. The presentations
of concepts and ideas take place in an open forum setting
in the studio environment resulting in lively discussions
under the regulating guidance of the faculty. Frequently
an engineering student’s response is diametrically
different from the architecture student’s intentions. In
most cases the differences are simply based on bilateral
misinterpretations
and
furthered
by
verbal
misunderstanding. In these instances the faculty clarifies
the views of both sides and try to provide guidance on
how to avoid future confusions.
We have noticed that this process turns out to be a very
well documented series of creative interactions that
allow us very effectively to reveal typical
misunderstandings due to the different terminology and
thought culture early in the quarter. The studio
presentation setting encourages rich participation of the
entire class and a fruitful culture of interaction.

Especially engineering students, being used to an
analytical approach to solving problems, are not
accustomed to presenting synthesized ideas that are not
resolved to completion.
We observed that after this assignment students from
both disciplines were better prepared to ask the right
question using language both groups understood as they
moved on to the next phase. As the quarter continues we
try to encourage students to continue to interact in this
fashion through sketching and illustrations instead of
solely verbally resulting in intangible misunderstandings.
Based on the 1B Impromptu Design interaction the
students form interdisciplinary teams of one architecture
student and one engineering student.
5.3 PHASE 2 – DESIGN PROJECT
The design topic is carefully chosen according to a set of
criteria that allows architecture and engineering students
to each have an area of concentration. Hence, each
discipline’s differences in their approach to the project
can be addressed within the group projects individually.
According to LeCorbusier’s diagram in figure 1 the
building types differ in involvement of the two
disciplines. To allow early involvement and an area of
concentration for engineering students the content of the
design topic should include program in the area above
number 5; to allow a strong architectural agenda the
building type should also include program in the area
below number 5.
By choosing a design topic that has two major parts,
each of them belonging on either side of the diagram, the
project allows both disciplines to have an area of
concentration. At the same time the unity of the design
requires a collaborative approach. Making sure that both
disciplines have an area of concentration reduces the risk
of timing issues and idle time in the course structure.

Figure 2: Student project, Winter quarter 2014

Figure 3: Student project, Winter quarter 2015
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During the last two years the studio design topic was an
aviation research centre. The 2014 project was a research
center for solar glider planes; in 2015 the topic was
changed to a research center for suborbital space
aviation. The 2015 program was developed with the
support of NASA. Both studios entailed a single-aircraft
airplane hangar space and a small program for
operations. The project was tailored to fit the described
criteria: The hangar space had a required span of around
150ft (50m) with a clear ceiling height of around 25ft
(8m). This could be categorized as a manufacturing use
(number 7 in the diagram). The other program comprised
offices, service areas and some accommodation. This
could be categorized as a number 3. In this configuration
both student groups have a focus area but must allow the
other group to take their role. The design parti remains
solely in the hand of the architecture students. It should
be noted, that students are usually inspired by a narrative
they can relate to and by the relevance the topic has to
their own lives. Design topics should connect to possible
developments in the near future, a time the students will
be active in their profession. The choice for the site
should be local to enable students to have a strong
connection to the site. Both of these criteria were met.
The site was located in the Antelope Valley, an hour
north of Los Angeles.
MIDTERM
At midterm the project is presented by the collaborators
with no distinction of the different backgrounds. They
are asked to present:





Site plan and diagrams
Perspectives/graphic representations
Plans, elevations, sections @ 1/16” = 1’-0”
A section best suited to describe
the project @ 1/8” = 1’ 0”
 Ideas about materials, specifically wood
 Site-specific demand criteria (i.e. seismic, wind)
 Identify possible structural system concepts.
 System and use specific dead, live, wind , seismic
loading
 Define foundation design criteria
 Identify three possible structural systems to
accommodate architectural concept and formulate
pros and cons for team discussion.
 Select structural systems to support vertical and
lateral loads and perform preliminary calculations
with minimum use of computers (SAP analysis of
indeterminate structures are allowed)
 Develop load path diagrams for vertical and lateral
loads on the main force resisting systems.
 Sketch and propose geometry of three critical
connections.

At midterm review we do not expect the student projects
to be fully resolved. The requirements are deliberately
kept high but it allows faculty to evaluate the strengths
of the interdisciplinary teams.

The reviews during the 2014 and 2015 studios were
attended and judged by professionals and faculty from
both disciplines. Typically we invite 2-4 external
structural engineers (one from MiTek, the studio
sponsor, and principals of local engineering firms), 2-3
architecture faculty and 1-2 external architects. Before
the review the jurors are quickly briefed on the topic, the
requirements and the grading rubric. They are asked to
grade the architectural, engineering and collaborative
strengths of each project using a rubric the faculty
provide.
CONSOLIDATION
Based on the review panel’s average grades review panel
the number of projects is reduced. Weak and
unpromising projects are eliminated. The students in
these groups are asked to team up with the remaining
groups. If there are projects with strong similarities the
groups may be joined together. Faculty defines which
aspects of each of the two projects shall be pursued
further based on the comments of the external reviewers.
The elimination procedure is a tool to motivate students.
Especially the architecture students have the desire to see
their project prevail. Generally, the regrouping process
results in disappointment and conflicts but it is also a
great moment to discuss and highlight successful design
moves. It gives weaker students the chance to restart and
benefit from stronger students in the collaborative
environment. The transition into the larger groups is a
crucial moment when faculty are required to provide
guidance and remind the students to behave
professionally. To establish a clear hierarchy within the
group, a group leader is appointed after the new groups
have formed. It must be noted that elimination does not
affect the student’s course grade directly.
Out of 8 to 14 projects presented at the midterm reviews
4 to 7 projects will typically continue to the final design
phase. With the larger group size, usually two
architecture students and two engineering students
(depending on enrolment) in each team, the intensity of
the interdisciplinary collaboration is significantly
intensified. After the midterm review the new formed
groups revise their projects based on the comments
during midterm review. Usually not all midterm
requirements have been met, which gives the new group
members the chance to contribute to the project.
Leading up to the final review the projects are further
developed attempting to reach design development stage
of completeness. Students evaluate how systems,
material selection, and detailing reflect the design
concept. The interdisciplinary teams are asked to
coordinate architectural and structural aspects of the
design. The emphasis is on the design of structural wood
details with architectural appeal under the guiding notion
of performance based design. For details hand drawing is
encouraged, which allows a broader interdisciplinary
discussion about force flows and a detail’s formal
conception. Faculty encourages students to communicate
as they learned in the statement & response exercise.
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FINAL REVIEW
The final presentation requirements are based on the
midterm requirements with additional deliverables
describing the structural systems, assemblies, and
structural details:
 All Midterm requirements
 Drawings @ 1/8” = 1’-0”
 Wall section @½”=1’ as a traversal section aligned
with partial elevation @ ½”=1’
 Material specifications.
 Drawings at appropriate scale (up to 1”=1’-0”) of
critical details and connections
 Final design criteria
 Dead, live, seismic and wind loading
 Vertical load carrying system defined, analysed and
key structural elements designed: load path diagrams,
member size selection.
 Lateral load resisting system defined analysed and
designed: load path diagrams, lines of resistance,
horizontal and vertical elements of the system
preliminary selection.
 Framing plans (design development level detail
 Foundation plan (design development level detail)
 Identify and resolve critical structural connections
The final review process and the composition of the
review panel are similar to the mid-review. The 2014
and 2015 final studio reviews were attended and judged
by a group of professionals and faculty from both
disciplines. The juror’s average scores define the
winning project.
The student’s course grades are not based on the review
panel’s assessment of the projects. The grades are based
on the syllabus’ grading rubric that allows faculty to
objectively assess students’ performances throughout the
entire quarter. The assessment includes their
performance at the reviews but also takes into
consideration the student’s efforts and progress in studio.
The guest juror’s assessment, which is based on the final
presentation as a singular event, cannot serve as an
adequate tool to evaluate a student’s growth.
5.4 WHAT IS REQUIRED FROM THE
FACULTY?
The A+E studio is an unfamiliar environment to
traditional academically trained faculty. Where in
traditional classroom the faculty is able to use a book
and present material in structured format, in the studio
environment the students are driving the topics and how
they should be taught. Since the students are defining the
problem and creating the solutions from scratch, each
project may be significantly different from another. A
combination of significant professional collaborative
design experience, academic training and experience
teaching in higher education are highly desirable. This is
less of an issue for architectural faculty as most are
required to have professional experience.
The
architectural and engineering faculty must be able to act

as creative collaboration role models for the students in
order to develop proper skills.
In fact, miscommunications are resolved by the presence
of faculty. During the studio sessions, the faculty try to
reinforce the collaborative spirit by addressing students
as a unit. Two instructors, one architect, one engineer,
discuss the projects, design strategies, structural
concepts, detail design and answer students’ questions
jointly. Instructing jointly strengthens the idea of the
studio’s collaborative approach by having faculty
modelling the role of each discipline. In this sense
extensive discussion between faculty members without
student participation is appreciated, as it illustrates the
possible depth of collaborative exchange. With
instructors of both professions always present in
discussions and presentations, they intervene when
miscommunication happens whether it is in using jargon
or misunderstanding of concepts.

6 COURSE ASSESSMENT
During April 2016 we conducted a survey to assess the
success of the A+E Studios. Via an internet survey
platform we invited all students from the 2014 and 2015
winter quarters to participate in the survey. The
questionnaire allowed the participants to answer up to 18
questions and provide additional statements in a
comment area. All answers were recorder anonymously.
23 alumni and students out of 41 possible responded to
the survey. The response rate for the different student
groups is listed below.
Student group
Architecture W2014
Architecture W2015
Architecture rate

participants
8
7
62.5%

out of
11
13
100%

Engineering W2014
Engineering W2015
Engineering rate

5
3
47.1%

10
7
100%

The survey comprised five sections:
GENERAL QUESTIONS
In the first section we asked the participant to identify
the professional field they are in and when they took the
A+E studio. This information helped to categorize
responses into the separate student groups. We also
asked about the current employment status:
 52.5% of the participants took the studio in 2014;
43.5% of the participants took the studio in 2015
 at the time of the survey 52.2% of the participants
were employed, while 43.5% were students, some in
graduate programs
 65.2% of the participants were architecture students or
alumni; 34.8% of the participants were civil
engineering students or alumni
 Of the 8 architecture alumni 6 were active in the field
of architecture and two in construction
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 Of the 4 engineering alumni 3 were in engineering and
1 in the field of construction
The responses reflect that more architecture students and
alumni participated than engineering students and
alumni. The answers also indicate that the professions
remain segregated when the students enter the work
environment. The majority of alumni stay in their field
of architecture or engineering with a small minority
going in the field of construction.
PERCEPTION OF THE COURSE
Section 2 of the survey explored the success of the
course’s objectives. The participants were asked how
effective the A+E studio was in respect to material,
collaboration, jargon and thought process. The questions
were framed around an interrogative statement.
Examples are: “How effective was … ?” or “Has your
approach shifted … ?”. The answers were rated on a
scale from “1” to “5” where lower number represents
“ineffective” or “not shifted”, and high number
represents “very effective” or “shifted significantly”.
The first two questions elicited information about the
understanding of the material.
Question
Average answer
1. How effective was this course for
understanding the use of wood as a
structural material?

1-5
4.04

2. How comfortable would you be
using wood as a structural material in
your project compared to other
structural materials?

4.00

Both questions received average answers of nearly 4 on
the scale from 1 to 5. The responses indicate that the
students perceived the course as effective for
understanding wood as a structural material. The
students and alumni feel comfortable using wood.
Two questions elicited information
participants’ opinions on collaboration:

about

Question
Average answer
3. How valuable was it for you to work
with students of the other profession in
a classroom environment?

1-5
4.04

6. How did this course change your
perception of the other profession?

3.70

the

Question
Average answer
4. How effective was the course in
helping you be able to appreciate the
point of view and thought patterns of
the other discipline?

1-5
4.48

5. How effective was the course in
helping you to understand the lexicon
of the other profession?

3.87

7. Has your approach to finding design
solutions shifted as a result of what you
have learned about the other
profession's approach to design
problems?

3.91

8. Has your approach to how you
would present your ideas to the other
profession shifted as a result of what
you have learned?

4.00

The average answers to all four questions were around 4.
The participants seemed to agree that the course
objectives were met. In Question 4 the participants were
asked to evaluate the course’s core goal to facilitate the
appreciation of the other discipline’s thought patterns.
Interestingly this question received the highest score in
the survey. On the engineering side this question
received a perfect score of 5. The architect’s score
deviated with an average of 4.17.
Question 5 elicited information on how much the course
helped understand the other profession’s lexicon. The
average answer was 3.87, which indicates that either this
aspect should be emphasized more in the course or that
some students already had a reasonably good
understanding of the other discipline’s lexicon.
The result of appreciating the other profession’s thought
pattern and the clarifying jargon should ultimately be a
shift in the student’s own design philosophy and the
students adjusting the way they communicate and
present their ideas. Questions 7 and 8 asked whether the
course participants now consider the other profession’s
culture of thought in their design approach and whether
their way of presenting designs has shifted as a result of
taking the A+E studio. The answers indicate that this
was the case but it must be noted that this effect was
stronger on the engineering side (Q7: 4.50; Q8: 4.25)
than on the architect’s side (Q7: 3.67; Q8: 3.60).

The responses show that a majority of the students
thought the class was a valuable experience, though the
course’s impact on the students’ perception of the other
profession was a bit less noticeable.

In question 9 of the survey the participants compared the
A+E studio to other design classes and design studios.
61.9% of all participants gave the class the highest score
of 5 indicating that they learned more than in other
classes. The question’s average score was 4.17. This is
a significant indication of the class’s success.

Four questions in this section of the survey collected
information about the course’s main objective to bridge
the gap between the professions by clarifying jargon and
thought patterns.

TRANSITION TO THE WORK ENVIRONMENT
In section 3 of the survey we elicited information about
the alumni’s transition into the work environment. 85%
of the architecture participants stated that they had the
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opportunity to work in an interdisciplinary environment.
This is in contrast to only 50% of the engineering
participants. Those, who had worked in an
interdisciplinary environment, answered to question 12
on how confident they feel doing that with an average
score of 4 on a scale from 1(not confident) to 5(very
confident). It must be noted that architects’ and
engineers’ answers resulted in the identical score. Both
professions seem to be equally confident.
Question
Average answer
10. If employed, how did this course
help you transition from the academic
to the professional environment?

1-5
3.65

12. If yes, how confident were you
working in the interdisciplinary
environment?

4.00

The A+E studio though seems to benefit engineers more
in making the transition from the academic environment
to the professional environment. This is illustrated in
question 10. We asked the participants to assess whether
the A+E studio was helpful on a scale from 1(not
helpful) to 5(very helpful). The engineers saw the course
as more helpful (4.20) than the architects (3.47). The
architect profession’s thought culture of synthesis is
geared to a more interdisciplinary approach than the
engineering’s culture. Therefore it is understandable that
the interdisciplinary aspects of the studio have a larger
impact on the engineering students.
QUESTIONS FOR EMPLOYERS
In the last section of the survey we asked the participants
to elicit information on their employers’ point of view.
Question
Average answer
13. Do applicants' experiences in
interdisciplinary design studios play a
role in the hiring process?

1-5
3.50

14. How beneficial do you believe an
interdisciplinary
architecture
+
engineering studio is as a part of the
educational experience?

4.13

important to understand how designs come to fruition
when a holistic approach within a collaborative
environment is taken. I think the most valuable aspect of
this studio is getting the dialogue started between the
different disciplines because not only does this reflect
our profession in real life, we also get the chance to
discuss with one another/learn from each other the
different aspects each discipline holds valuable […]”
An engineering alumnus stated: “[…] The dynamic
aspect of AE studio is different than any other class I
took previously as we were doing design and calculation
in the same phase. It pushed me to think of a bigger
picture than [the] structural part of the building. [The]
AE studio is one of a few classes I would recommend any
new civil student that wants to emphasize in structural
engineering as I believe it gave me the closest
experience to the real work. Thanks to [the] AE studio, I
always keep an open mind when I deal with other
disciplines. […]”

7 CONCLUSION
The interdisciplinary nature of the course is beneficial
for both architecture and engineering students and helps
them learn creative and effective uses of wood and
explore collaboration between two disciplines as part of
their education. The A+E studio helps students to adapt
to collaborative environments in order to succeed in
today’s design professional office environment. Informal
interviews with alumni and their employers indicate that
this course improves the transition from the educational
realm into the professional environment and encourages
use of wood in creative ways. The concept of an
interdisciplinary course requires faculty to have both an
academic background and professional experience. The
instructional strength of the faculty depends on their
ability to serve as a role model.
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ABSTRACT: Advances in engineered wood manufacturing and products have resulted in the development of new
wood buildings systems that have elevated wood from its traditional use in light-frame residential construction to rival
the use of steel and concrete. Schools charged with the training of future design professionals have unfortunately not
kept pace with equipping students with the design skills to fully leverage these advancements. This paper outlines an
architectural design studio taught at the University of Oregon that explored the use of mass timber construction for the
design of a parking structure for the city of Springfield, Oregon. This unique combination of material and building type
has no known precedents in the United States and only a few internationally. The novel nature of the project required
the organization of a creative design studio capable of exposing students to the resources necessary to develop
innovative, yet realistic solutions. The model outlined here is not only applicable for design studios focused on these
advancements in engineered wood products but can also be a useful model for design studios investigating general
material innovation.
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1 INTRODUCTION1
According to Alex de Rijke, founding director of the
London based architectural practice dRMM, the
relationship between material technology and
architectural expression can be summarized as follows:
“the best 17th century work can be characterized by
stonework, the 18th century to be the refinement of
brickwork, the 19th century to be the heyday of the steel
frame, and the 20th century as the era of concrete. This
leaves the 21st century open for the successor to
concrete. My prediction is timber” [1]. While some
might consider de Rijke’s assessment of the history of
architectural technology to be slightly reductionist, it is
hard to argue with his prediction of the 21st century
being the century of timber in the face of the growing
number of mass timber buildings around the world
pushing the limits of what was previously thought
possible.

predominately in light-frame residential construction to
rival the use of steel and concrete. Since the
development of cross-laminated timber in Europe in the
1990’s, worldwide interest in mass timber construction
has been revitalized. Cross-laminated timber (CLT)
panels are made by compressing alternating layers of
boards, typically finger-jointed 2x6s, into panels to be
used for large-scale construction. Panels are being
produced that are as strong as concrete and steel, but
more sustainable and efficient to use [2].
Advances in the development of CLTs and other
engineered wood products have renewed interest in nonresidential uses of wood as well as in the use of mass
timber in mid- and high-rise residential buildings.
Engineered wood is being successfully used for multistory construction, large span structures and complex
architectural forms. Architects and engineers are
beginning to reconsider this very old material in new and
exciting ways.

1.1 CLT AND THE RETURN OF MASS TIMBER

1.2 WOOD EDUCATION IN THE US

Advances in engineered wood manufacturing and
products have resulted in the development of new wood
buildings systems that have elevated wood from its use
1

Mark Donofrio, University of Oregon, 1206 University of
Oregon, Eugene, OR, USA, donofrio@uoregon.edu
2
Judith Sheine, University of Oregon, jesheine@uoregon.edu
3
Mikhail Gershfeld, California State Polytechnic University,
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Schools charged with the training of future design
professionals have unfortunately not kept pace with
ensuring students are equipped with the necessary design
skills to fully leverage the recent advancements in wood
product innovations. In architectural programs, the use
of wood as a structural material, other than light wood
framing in residential projects of four stories or less, is
not common. This can be traced to a limited
understanding of engineered wood as a structural
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material and the perception that it lacks durability and
flexibility in form and has low fire resistance qualities.
However, recent conservation efforts and sustainability
concerns have appropriately elevated wood as one of the
most sustainable structural materials.
While there have not been exhaustive studies about
wood education in architecture, and the information
tends to be more anecdotal, the challenges facing wood
engineering education have been well documented by
Gupta and Gopu [3] with the factors contributing to the
current state of affairs being identified as follows:
The decline in the number of credit hours required
for graduation and mandated by accreditation criteria.
Decline in research funding in the area of wood
engineering
Lack of coordinated industry support for training
wood engineering educators and keeping them
abreast of new developments, technologies and
teaching tools.
Lack of faculty qualified to offer wood design
courses.
These issues outlined by Gupta and Gopu, as well as
more general changes in the educational landscape
confronted with the generation raised in a digital world,
poses difficult challenges for the future of wood
education in the United States.
The lack of knowledge of a material can often cause
reluctance to use it by the design professionals, or, when
used, result in improper use and subsequent
disappointment with its performance. It is important that
architects and engineers are well educated in the
strengths and weaknesses of materials and work
collaboratively to ensure their proper and effective
implementation. Most, if not all, of the learning related
to collaboration between the two professions currently
occurs in the workplace. It would be valuable to provide
engineering and architecture students with an
educational experience that will launch them on the path
of mutually beneficial collaboration as they enter the
professions.
1.3 GLENWOOD RIVERFRONT
REDEVELOPMENT
In the winter of 2015, Mayor Christine Lundberg of the
city of Springfield, Oregon approached Judith Sheine,
Head of the Department of Architecture at the University
of Oregon (UO), and expressed interest in sponsoring a
design studio in the spring term of 2015 that explored the
feasibility of designing a parking garage as a central part
of a redevelopment plan for an underutilized riverfront
site in an area of Springfield known as Glenwood.
Because of the visible nature of the riverfront
redevelopment, the main stipulation was that the parking
structure be designed using mass timber, particularly
CLT. The city of Springfield, along with the rest of the
state of Oregon, has a rich tradition closely tied to the
timber industry. It is the hope of the Mayor and Staff of
Springfield that this project not only serve as a central
hub of the riverfront redevelopment but also serve as
catalyst for revitalizing Springfield’s timber industry.
Mayor Lundberg’s decision to partner with the
University of Oregon’s Department of Architecture was

based not only on the school’s reputation as a leader in
sustainable architecture but also because of Judith
Sheine’s involvement in the recent formation of the
National Center for Advanced Wood Products
Manufacturing and Design (AWP). The Center is a
partnership between the College of Forestry and the
College of Engineering at Oregon State University
(OSU) as well as the School of Architecture and Allied
Arts at the University of Oregon and features research
and educational programs focused on the unique
intersection of design, engineering, and construction of
multi-story, multi-use buildings using innovative wood
products capable of being produced in Oregon. One of
the primary goals of the center is the development of
research and education programs targeted to strategically
support and grow the competitiveness of Oregon's wood
manufacturing sector and building design profession.
The studio described below is just one of many efforts
being developed as part of the actives of the AWP.

2 STUDIO STRUCTURE
The design studio described in this paper is a
continuation of previous efforts made by the authors
exploring material innovation through the development
of multidisciplinary, collaborative design studios.
Professor Judith Sheine and Assistant Professor Mark
Donofrio led the studio and, because of the short amount
of preparation time, this studio was not able to use a
model previously employed by the authors, whereby
architecture and engineering students work together in
interdisciplinary design teams. This limitation created a
need to equip students of architecture with enough
technical information to be able to develop innovative
yet realistic design proposals.
2.1 COLLABORATION IS KEY
In order to tackle this challenge, the studio had a number
of collaborators. The Mayor of Springfield, Christine
Lundberg, and city staff gave us insight into the urban
design parameters of the site and acted as client through
the entire ten-week design studio. Through the City’s
sponsorship, outside consultants were invited to the
studio to provide valuable insights into parking
structures and mass timber. A parking consultant hired
by Springfield for the riverfront redevelopment, gave a
talk to the studio on the requirements for the parking
garage. Architect and UO alumnus Samir Mokashi
provided us with insights into building code
requirements for mass timber parking garages. The
students visited OSU’s wood testing facilities and met
with Professor Lech Muszyński who provided an
overview of the material properties of CLT. Cal Poly
Pomona Professor Mikhail Gershfeld, a structural
engineer specializing in timber, who visited the studio
four times during the quarter, provided invaluable
assistance. These visits were at key stages of the design
process to ensure development of the structural system in
tandem with the overall site and form development. The
studio also visited D.R. Johnson Laminators, a
manufacturer in Riddle, Oregon that is producing the
first certified structural CLT panels in the United States
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(Figure 1). The outcome of the studio was the
development of nine unique design solutions meant to
satisfy the challenge laid out by the City of Springfield.
The faculty integrated these multiple consultants into a
studio process that led the students, who worked in
teams of two to four, from the large scale of site analysis
and urban design to the small scale of timber structural
details. Students were able to synthesize all of the
requirements of the client as well as the knowledge and
expertise of the outside consultants into complete and
cohesive projects.

Figure 1: Students standing on one of the first CLT Panels
produced by D.R. Johnson Laminators.

3 STUDENT PROJECTS
Although teams had strict requirements to include a
specific number of parking spaces, as well as housing on
the west side of the block, some retail space, and a space
for formal events in their proposals, the studio was given
quite a bit of leeway with how the parking garage might
relate to these neighboring programmatic elements.
Some projects chose to incorporate retail into the plan of
the parking garage, while others chose to enclose the
garage on three sides with a combination of office space
and retail. Taking advantage of natural topography and
location, a number of teams also chose to explore ways
of managing the watershed in an ecologically
constructive manner. The aspect that received the highest
praise from the client as well as outside reviewers was
how consistently and thoroughly each and every student
team was able to incorporate mass timber into their
respective design scheme. What follows is a brief
description of each of the nine project developed by the
students, highlighting the key aspects of each project.
3.1 KAITO
Inspired by traditional Japanese wood buildings, as well
as the structure of a box-kite, Kaito rethinks the
traditional solid, heavy form of the concrete parking
garage and proposes rather creating a structure that
appears light and delicate by clustering together several
smaller glulam beams. The primary lateral force resisting
system utilizes massive cross-laminated timber shear
walls as a contrast to this intricate form and to provide
the necessary structural integrity as shown in Figure 2.

Figure 2: Rendering of one student team’s solution showing
the relationship of CLT panels with other mass timber
elements.

Deriving the form from the box-kite, the garage breaks
the spanning members into smaller beams, and intersects
them throughout the structure. Separating these smaller
elements provides opportunities to appreciate the unique
quality of the material at a human scale, while at the
same time creating a structure that is not only structural
sound, but aesthetically pleasing. These members create
a repeatable modular structure that could be replicated in
other building types, but also responds to the conditions
imparted from the Glenwood site.
The connection is the crucial element to the project. The
structure is focused around this abstract pattern, and to
ensure that visitors thought that each element was
continuous, each connection and joint had to be hidden
at these points. The language that started at each of these
points carries throughout the project, creating something
beautiful and uniform. The students, working with the
studio instructors, went through numerous iterations of
the connection to make sure the final design and details
resulted in a balance of structural efficiency coupled
with a pleasant delicate appearance (Figure 3).

Figure 3: Interior view showing delicate effect of mass timber
elements.

The primary structural connection, ‘Ando’, weaves
together seven members to create a light yet structurally
robust connection to that carries the CLT floor plates
above. Small members stacked together are strategically
linked to act together and function as one deep girder as
shown in Figure 4.
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Figure 4: Structural detail ‘Ando” attempting to achieve a
sense of ‘lightness’ using mass timber elements.

The secondary structural connection, ‘Kuma”, as shown
in Figure 5, weaves together eight members in order to
create a system that appears light and also provides
enough clear space for most vehicles to pass under.
These quad-members contain fire suppression systems as
well as conceals lighting to create a dramatic effect.

Another consideration for this design was the intention
that the structure will also serve as an opportunity to tell
a story about the life of the material. Each prefabricated
panel is labelled with a QR code so that visitors now and
in the future can see the role that this wood has taken on
in its lifetime. In this way, the parking garage can
become a catalogue of pieces that make up the whole.
Block One represents the beginning of a journey. For the
local shopper, the parking garage is the starting point in
which they explore the shops and restaurants of the area.
For the city of Springfield, Block One represents a new
beginning, as the parking garage anchors the new
development and supports the buildings around it
economically and ecologically. For the country, Block
One represents the first of many projects that take
influence from the experimentation in CLT material,
changing the way we build our buildings now and in the
future.

Figure 5: Structural detail ‘Kuma” attempting to achieve a
sense of ‘lightness’ using mass timber elements.

3.2 BLOCK ONE
The goal of the Block One project was to re-frame a
parking garage from a passive, single-use structure to
something that does much more. This was achieved
through the CLT structure simple yet expressive both
inside and out, allowing the parking garage to be easily
constructed but also stand as a symbol for what is
possible with this new wood product (Figure 6). The
parking garage becomes Block number one, the anchor
point of change to this riverfront redevelopment.

Figure 6: Block One utilizes a closely spaced column grid to
achieve an elegant structure expressed both inside and out.

Figure 7: Fin-column detail

The structural system for Block One is meant to be
simple and expressed throughout to show off the CLT
technology. The column grid for this project is unique
when compared with other projects in this studio as it is
laid out every two parking versus three spaces. While
this does increase the number of columns in the building,
it allowed the columns and beams to be smaller in depth
and simpler to construct. The lateral bracing is a blend
between more delicate steel cross bracing as well as
solid CLT shear walls, some of which extend past the
exterior columns as fins to celebrate the wood
technology on the outside of the structure.
A critical detail of the project involved the connection of
the exterior fins, shown in Figure 7, that act as lateral
bracing elements that are sandwiched in the columns as
well as helping act as support for the beams. Wood
serves as a defining structural element while steel plates
necessary for the connection are concealed, acting as a
subtle contrast to the celebrated wood structure. These
fin elements extend down to the ground level for
structural continuity, while architecturally framing each
commercial space and connecting the garage to the
surrounding public space of the development area.
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3.3 TRANSPARENCE-V
A case study project that changed the perception and role
of the parking garage typology in the United States is
1111 Lincoln Road garage in Miami, Florida designed
by Swiss architects Herzog and de Meuron.
Transparence-V, shown in Figure 8, attempts to take the
general structural principle displayed in that project and
reinterpret that reinforced concrete into a wooden
structure.

entire structure. The final result is a ‘manufactured
forest’ that displays the the innate strength of CLT.

Figure 8: Fin-column detail

The project is simple and efficient in its floor plan while
at the same time creating a connection with the adjacent
Hotel & Conference Center, Willamette River and Park
Blocks to the west of the site. There is also space left on
the site for residential and retail spaces, as well as a
courtyard that pedestrians can occupy as they walk
through the site. Creating a complex and imposing
feeling, the structure both makes reference to the visual
weight of the materials used while at the same time
pushing the limit of what timber construction can
achieve.

Figure 10: Sectional scale model showing Timber V-Columns.

The design is focused around the use of this v-shape, and
it offered a large amount of flexibility in the structure as
it translates into very effective resistance to both vertical
and horizontal loads. For lateral load resistance, there are
a few methods used in combination that all use the vshaped columns. The project uses perforated shear walls,
found on either side of the ramp and on the wall facing
the park, so that people in the park are also able to
engage with the parking structure.
The project is an ambitious utilization of the capabilities
of the CLT material, and the use provides an appropriate
homage to precedent while at the same time bringing a
new solution to the problem.
3.4 THE NEW MILL

Figure 9: V-shaped columns utilized as the primary gravity
and lateral load resisting elements.

The structure of the garage is expressed in a series of vshaped columns that occupy the same line of action both
North-South and East-West throughout the structure.
Surrounding the car ramps are v-shaped braces
perpendicular to these creating a two-way bracing
system throughout the structure. The structure, while
attractive in its abstract nature is a consistent language
that responds to the direct paths of forces down the entire
building structure.
These v-braces can also be reflected vertically to create
diagonal-bracing to carry loads directly through the

The New Mill, shown in Figure 11, is a display of mass
timber construction old and new. It was designed to
blend old heavy timber construction techniques with
time tested concepts together with innovative CLT
design joinery and lateral force resistance systems.

Figure 11: View of the New Mill from the Hotel Entrance.
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This is a garage designed with people in mind. The
building is divided into two portions and used the gap
between them to connect the park to the West and the
hotel and conference center to the Northeast with a
pedestrian path. Pleasant and enjoyable pedestrian
circulation to and from the vehicles parked in the garage
out to the street was a primary concern in this design
concept. This concept also informed the structural
system layout and design (Figure 12).

3.5 MOMENTUM
The design of Momentum, shown in Figure 14, is driven
by the concept of simplicity and elegance. This design
integrates function and beauty in a way that is unique to
heavy timber construction. It highlights the simplicity
and elegance of the timber structure, celebrating the use
of wood in support of Springfield’s historic timber
industry and the potential of emerging technology of
CLT for the future.

Figure 14: Sectional scale model showing Timber V-Columns.

Figure 12: Sectional scale model showing a combination of
systems new and old.

The primary half of the garage sits on the Southeast
corner of the site, over one story of retail space. The
smaller portion of the garage sits above a double height
space for special use such as a restaurant space that
complements the hotel. This space would operate as a
pavilion located on top of this portion of the garage.

As a result of the efficient layout and low building
height, this structure is able to rely on a wood moment
frame system, which is unique for to this project as
compared with other projects in this studio. The moment
frame eliminates the need for cross bracing, creating a
design of openness and reiterating the simplicity of the
structure. This allowed the opportunity to use details in a
way that articulates the elegance of the structure, and
further refine the appearance of the parking garage
(Figure 15).

Figure 13: Interior view showing pedestrian walkway.

The structure utilizes cantilevered beams, which allows
ample space for vehicle circulation, as shown in Figure
13, while also allowing the edges of the structure to be
used by pedestrians, relying on a glulam post and beam
system that carries the loads to the ground. CLT cores,
diagonal bracing and self-centering rocking timber shear
walls are used to resist lateral loads. The New Mill is a
celebration of the history of the timber industry in
Oregon combined with the new advancements in the
material, made for the people.

Figure 15: Post-tensioned timber moment frame detail.
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This project focuses on bringing all parts of the site into
one cohesive strategy. By combining the perspective of
the pedestrian, the car as well as the ecological
viewpoint to the project, the resulting proposal carefully
looks at how each part of the project affected each of
these environments, and the overall strategy becomes
stronger as a result (Figure 16).

Figure 16: Section showing the ecological consideration of
utilizing the courtyard for water filtration.

decrease the necessary spans of the glulam beam
supporting the CLT floor panels within the garage,
thereby creating larger interior spaces. Due to the
frequency and variation of orientation in both direction
of shear panels within the garage, this design was able to
reduce the amount of visible cross bracing in the
structure so each floor plate reads as one large room.
Connections within the structure where purposefully
hidden and create thin shadow reveals in order to
showcase the CLT and create a lighter spatial feeling
within the garage. One of the most crucial connections,
“the Knot” seen in Figure 18, located on all the
structure’s exposed faces, provides the lateral support for
the structures exterior, while also effectively resisting
localized torsion forces and providing a node for cross
bracing as well as a bearing plate for the E-W beams.
The Knot extends 4 feet into the N-S beam allowing it to
be integrated with the larger structural diaphragm of the
garage.

3.6 THE LOOM
The Loom is a project weaving connection of economy,
community, and the environment, accomplished in part
though the use timber products new to the state of
Oregon. CLT, is the main structural element, and is
utilized in a way to create dynamic spaces both inside
and out.

Figure 18: ‘The Knot’ detail, showing connection of diagonal
exterior bracing to sloped dynamically shaped columns.

3.7 SLANT
Figure 17: The Loom utilizes subtle shifts in column and slab
edge resulting in dynamic spatial effects.

Additionally, The Loom seeks to strengthen the
community connection to the existing historic resources
of Springfield’s agricultural industry and the Willamette
River, to foster community growth through civic spaces
for the people of Springfield and Glenwood to gather
and play, while simultaneously learning about the river
and the modern sustainable wood industry in the state of
Oregon.
The form for the vertical panels was derived from a
geometry which could resist both lateral and gravity
loads. The orientation and repetition of the panels creates
the visual interest of moving through a forest while also
heightening user awareness as one moves through the
space and slowing down the pace of traffic within the
garage. The undulating form of the vertical panels that
varies floor to floor maintains at least a 2 foot linear load
path from top to bottom ensuring a continuous vertical
load path within these shear panels. The depth of
alternating shear panels was increased in order to

The major concept for Slant was to create a wooden
monument, an icon of mass timber building for the city
of Springfield, that efficiently utilizes cross laminated
timber floor and wall panels and glulam columns and
beams (Figure 19).

Figure 19: Sectional scale model showing Timber V-Columns.

This was the only parking structure design in the studio
to utilize a continuous sloping ramp on which you could
also park. This resulted in the most efficient garage
structure and which allowed for some ambitious design
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moves the would be help create a beacon for advanced
wood technology (Figure 20).

This project utilizes panels made up of glulam rim
boards to serve as both screen and guardrail for the
parking structure. Additionally, Panelling presents a
simple, efficient, and repeatable design that will stand as
an elegant showcase of modern wood construction,
engineering, and design as shown in Figure 22. The
simplicity and modularity of the system resulted in a kitof-parts intended as model for fast on-site assembly
applicable not only to parking structures but other
building typologies as well

Figure 22: Simple, efficient and repeatable connection details.
Figure 20: Exploded axonometric drawing showing icon
timber structure.

The dynamic sloping columns that extend above the
roofline and help give Slant its iconic profile also serves
as a support for wind turbines which help the parking
structure perform as a source of energy production.
3.8 PANELLING
Panelling utilizes a proven glulam system and pushes it
farther with the use of CLT technology in order to
showcase new building technologies in mass timber that
will be able to compete with the standard pre-cast
concrete systems currently used for parking garage
structures (Figure 21).

Figure 21: View of rim-board panels serve as guardrail and
screening for the parking structure.

3.9 GLENWOOD PARKS
The design for Glenwood Parks new mass timber
parking garage builds upon Oregon’s rich history in the
timber industry. Using glulam beams and columns, cross
laminated timber, and steel connections, this structure
pioneers the use of wood technology in the United
States. With invaluable guidance from wood engineering
specialists and technical consultants, this design is for a
mixed use retail and parking garage to serve the future
needs of this promising district. Inspired by the city of
Springfield’s enthusiasm, cross laminated timber was
used as both form and function. A CLT facade provides
a unique showcase of the new material while
simultaneously acting as an essential component to the
lateral bracing.

Figure 23: View of Glenwood Parks highlighting façade
expression of shear wall panels..
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accommodate pedestrian circulation, also helps to
protect the timber structure from wind driven rain. SRG
is proposing a rooftop canopy structure that also serves
as a support for photovoltaic panels. The designers
clearly benefited from the research and design carried
out by the studio. SRG is continuing to work with the
University of Oregon’s Energy Studies in Building
Laboratory as they move forward with the design,
thereby continuing to nurture the academic industry
relationship for fostering material innovation.

Figure 24: Model showing exterior wood shear wall panels
and their relationship to the concrete ground level retail
podium.

4 DISCUSSION AND CONCLUSIONS
Advancements in engineered wood products warrant the
need for research based design studios aimed at
educating future design professionals capable of fully
implementing the potential of these new building
systems. The design studio outlined in this paper proved
to be a successful model based upon the response of the
client (City of Springfield) and outside reviewers. By
creating an environment for rigorous research and
design, students, led by faculty and in consultation with
outside experts, are able to explore the potential of
material innovations within the constraints of a real
project considerations, but without some of the limiting
obstacles that come with preconceived solutions.
The research and design work produced in the studio has
been widely disseminated through presentations at local,
regional and national wood venues as well as through a
self-published studio book. This publication has been in
high demand among professional designers, policy
makers and politicians. One project from the studio,
Kaito, received an American Institute of Architects
Regional Student Design Honorable Mention Award.
Also, it was recently announced that the Springfield has
signed a contract with Portland architecture firm, SRG
Partnership, to work further on the parking garage
planning and development [4]. A principal and project
architect from SRG were reviewers at the final studio
review. Several of the features and systems utilized in
the studio have appeared in preliminary drawings and
rendering of the proposed structure, as shown in Figure
25. One of these features include the exterior pedestrian
walkways which, in addition to providing a safe area to

Figure 25: Rendering of proposed design for CLT parking
garage as part of Glenwood Riverfront Redevelopment.

It is the goal of the authors to continue to develop this
studio model, by revisiting the integrated approach
involving students from multiple disciplines, as well as
further fostering its relationship with the recently formed
National Center for Advanced Wood Products
Manufacturing and Design. These types of
demonstration project studios can successfully serve as
inspiration for current professionals as well as act as a
useful means of educating future practitioners more
skilled and knowledgeable about the potentials of
collaboration, material innovation and mass timber.
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SPREAD THE KNOWLEDGE : EDUCATIONAL STRATEGIES
IMPLEMENTED IN QUEBEC TO SUPPORT THE EXPERTISE
IN WOOD DESIGN
Caroline Frenette1, Kim Lajoie2, Francois Chaurette3,
Gérald Beaulieu4 and Louis Poliquin5
ABSTRACT: Cecobois, a non-profit organisation, supports the expertise of professionals in wood design in the
province of Québec (Canada) since 2007. Its actions involve various aspects including technical publications, design
tools and continuing studies. It also discusses with universities to ensure students in architecture and engineering would
acquire knowledge regarding timber design during their studies. This paper presents Cecobois strategies related to
continuing education and undergraduate studies. It also details an original design-build student competition created to
raise the interest of future professionals. The result of recent studies showed a 33% increase in the use of wood in the
non-residential sector, and latest construction projects show a growing interest and expertise in wood design.
KEYWORDS: Continuing study, Wood design training, Timber design education, Student competition.

1 INTRODUCTION 123

2 OBJECTIVES

In 2007, only 15% of new non-residential buildings in
the province of Quebec included a timber structure
[1][2]. Thus, Cecobois was created to support the
expertise of professionals in wood design in the Province
of Québec, Canada [3]. A specialised team of engineers,
architects and communication experts were brought
together to undertake this mission. Cecobois deployed a
comprehensive strategy that involved a promotional and
educational campaign to position wood as a building
material that is renewable and sustainable as well as
efficient and innovative.

In regards to education, Cecobois aims to:

Several actions were identified along different key
issues, included the development of technical
publications and design examples, the expansion of
design tools, direct technical support to professionals,
the promotion of exemplary realisations, the creation of
an informative website, the publication of a wood
construction newspaper, and an increase in specialised
education [4].

This paper presents an overview of the main educational
activities organised by Cecobois. In addition to
discussing continuing education activities and
conferences in universities, an emphasis is given to the
description of an innovative student contest organised
every year to raise the interests of future professionals.

Educational needs were identified as an important issue
in all governmental strategies and reports discussing a
possible increase in the use of wood for non-residential
construction in Quebec [5][6][7][8].
1
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Provide technical continuing education for
active professionals



Support an increasing presence of wood design
in engineering and architecture courses in
technical colleges and universities.



Organise a student competition to increase the
interest of future architects and engineers for
wood construction.

3 CONTINUING EDUCATION
The interest of architects towards wood use in nonresidential construction has been growing in the past
years, driven, amongst other, by environmental and
esthetical considerations. The need to increase the
expertise of professionals related to wood design was
however identified, along with their willingness to
participate to related technical training [8][9].
In terms of continuing education, Cecobois has been
organising specialised training for architects and
engineers, multidisciplinary seminars, lunch and learn
presentations, wood solutions fair and is now starting
new webinars.
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3.1 SPECIALISED TECHNICAL TRAINING
Technical training are organised every year to address
specific subjects identified by professionals. In general,
each training event attracted 30 to 40 people.
For architects, previous trainings have covered various
subjects, including:
 Forest management
 Environmental advantages of wood
 Basic properties of wood material and their
implication in design
 Overview of different wood structural systems
 Architectural wood products
 Thermal performance and envelope systems
 Sound insulation performance
 Preservative treatments
 Durability by design
 Innovation in exterior sidings
 Code requirement and fire performance
Even though subjects such as sound insulation or
finishing products are often requested, it has been
difficult to find appropriate lecturer to discuss these
subjects with an objective and practical approach.
For structural engineers with little knowledge in wood
design, a basic design course was first organised. In
addition to mechanical and physical properties of the
material and available wood products, an overview of
structural systems, basic design calculations and
standard connectors were discussed.

seminars attract usually between 60 and 150 people. Up
to now, the following subjects have been discussed:









Innovative wood structures
Cross-laminated timber (CLT)
Midrise constructions
Highrise construction
Sound insulation performance
Fire performance
Wood in sustainable design
Wood in Sports facilities

In addition to PowerPoint presentations and lectures,
interactive learning has been introduced in last
seminars. Divided in smaller group of 5 or 6, the
participants work on a conceptual design following
simplified rules for a specific context. As an example,
during the seminar on sports facilities, the participants
had to develop a conceptual design for the structural
system using typical configurations drawings (Figure 1).
These working sessions last around an hour, during
which invited experts go from one table to the other,
answering questions and discussing with participants. To
conclude the activity, each group presents quickly its
concept, and proposed solutions developed by the
experts are discussed.

Afterward, more advanced courses have been organised
for structural engineers with a wood background.
Specific subjects include:







Lateral résistance of different structural systems
Advanced connections systems
Design software
Conceptual design of complex structures
6-storey light frame construction
Innovative connectors (self-tapping screws, preengineered concealed connections, etc.)
 Fire-resistance calculation

Introductory course presenting basics of wood
construction are also offered in smaller town.
Regrouping architects, engineers and constructors, these
events usually create interesting discussion amongst the
smaller multidisciplinary audience.
Training for manufacturers and builders has also been
identified as a current need. Indeed, in Quebec, the wood
building expertise is often related to residential lightframe wood construction. It is therefore important to
highlight the difference between the structural
requirements of a single-family house and those of a
mid-rise residential, commercial or institutional building.
3.2 SEMINARS
Seminars are multidisciplinary event discussing a
specific subject. Having several speakers, often
including an external well-known professional, these

Figure 1: Typical configurations drawings for interactive
workshop

3.3 LUNCH AND LEARN PRESENTATIONS
Lunch and learn is a typical advertising tool used by
manufacturer to present their products to designers. The
sale person goes to their office, offers the lunch and
presents the manufacturer products.
Cecobois technical advisers use the same approach to
meet professionals at their office, present on a specific
subject chosen by the audience, and discuss the wood
projects currently on the design table of these
professionals.
The various subjects for these presentations include:






Wood possibilities in non-residential construction
Engineered wood products and structural systems
Architectural wood products
Durability by design and best practices
Cecobois tools for building professionals
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Fire safety and fire resistance of wood buildings
Midrise wood construction
The life cycle analysis tools for buildings
Wood physical and mechanical properties

Complementary to technical one-day event, lunch and
learns have the advantages to be presented to a smaller
group of professionals, which favors more detailed
discussion, especially considering the confidential
environment of their office.
3.4 WEBINARS
Although webinars do not provides the same interaction
with the participants, it can reach a larger number of
participants. Cecobois has started this year to organise
webinars on specific subjects.
3.5 CONFERENCES CECOBOIS
The Conferences Cecobois is a wood solution fair
organise in Montreal every two years. In addition to an
exhibitor room, five tracks of conferences are presented
simultaneously following specific themes. Technical
subjects, such as new codes requirements, as well as
innovative realisations are discussed. Between 400 and
500 professionals attend the conference Cecobois. They
appreciate the novel information on wood construction
as much as for the networking opportunity (Figure 2).

Figure 2: Conference Cecobois 2016 - Networking during
lunch time.

4 WOOD DESIGN IN UNIVERSITIES
In 2012, a working group conducted an inventory of
existing wood courses in Quebec universities and
colleges [6]. The results revealed major differences
between wood, steel and concrete education. This
confirms a 2007 study by Cecobois indicating that only
17% of structural engineers had received some form of
wood education during their careers [2].

were often optional and taught in the last semester of the
university degree.
Based on these findings, it became obvious that
changing current practices with respect to wood could
not be achieved without addressing wood education in
Quebec universities and colleges [6].
4.1 ENGINEERING
Since 2008, Cecobois have discussed with departments
of civil engineering of all universities in Quebec to
explore the possibility of adding a full wood design
course in the undergraduate program. The two major
limitations seems to be the difficulty to find an opening
in already an intense civil engineering program, and the
lack of internal expertise to develop and teach this
course.
Since then, several universities have overcome these
obstacles and improved their program. In the case of
Ecole polytechnique de Montréal, a graduate optional
course was created and a lecturer was found. Since then,
approximately 100 undergraduate and graduate students
attend this course every year, demonstrating its
pertinence. Université du Québec a Chicoutimi (UQAC)
has open a new professor position in 2011 and includes
now mandatory wood design courses in its
undergraduate civil engineering program. Université
Laval had already a wood design course in the
undergraduate wood engineering program. Improvement
was made to facilitate the accessibility of this course for
civil engineering students. Furthermore, the wood
engineering undergraduate program developed a
specialisation in wood construction, an innovative path
to train specialised structural engineers. Finally,
Université de Sherbrooke has been teaching an optional
course in wood design for the last 25 years.
Cecobois also gives lectures every year in most
universities to provide expertise on specific subjects.
4.2 ARCHITECTURE and DESIGN
Cecobois is also present for punctual lectures and Jury in
the architectural undergraduate and graduate architecture
program at Université Laval. A growing interest of the
professors also leads to more research and interactive
workshop oriented towards wood construction.

5 STUDENT COMPETITION

On average, university programs in architecture taught
basic wood notions for light-frame wood buildings in
residential applications but very little on heavy timber
construction or engineered wood products for nonresidential applications.

In addition to promoting the presence of wood design in
engineering and architecture program, a student
competition was also created to raise the interest of
university students. The Défi Cecobois, a 3-day
challenge, creates an occasion for the participants to
better understand advantages and particularities of wood
construction while experiencing a multidisciplinary team
work.

With a few exceptions, programs in civil engineering
provided just a few hours of education on wood
properties. Comprehensive courses on wood structural
design similar to those for steel and concrete were often
non-existent. When they were available, these courses

Defi Cecobois 2016 was the seventh edition of this
student competition bringing together 50 participants
every year. A special edition was also organised during
WCTE 2014 for the students participating to the
international conference.
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The Defi Cecobois also inspired Moses Structural
Engineers and Ryerson University in the creation of a
similar event in Toronto (Canada): the TIMBERFEVER
Design-Build Challenge [10].
Les Défis du bois is another well-known international
student competition, organised by ENSTIB in Epinal,
France since 2005 [11]. It has inspired the Defi Cecobois
by its multidisciplinary teams and its research of
innovation in wood construction. The length of the
competition as well as one of some main objectives
however differs between the two events. While Les Défis
du bois aims towards ephemeral structures, Défi
Cecobois pushes the importance of realistic
manufacturing process and connexions as well as an
overall design considering the durability of the structural
systems. Indeed, it was observed that even though wood
is more often considered as a design choice for
architects, basic design requirements ensuring the
durability of the wood structure are often omitted.
5.1 DEFI CECOBOIS
The Défi Cecobois (Cecobois Challenge) is a 3-day
student competition. The objective is to design and build
a scaled wooden structure in two days, only using
provided material and tools. The competition is open to
all the students registered in the Province of Quebec in
civil engineering, wood engineering, architecture or
design program at the undergraduate or graduate
level. All participants register individually, and are
assigned to 10 multidisciplinary teams of 5 students by
the organizing committee.
Every team has to build a scaled wooden structure
following specific rules. The theme and rules differs
every year, but, typically, the structures must fit on a
provided 1.8 m x 1.8 m base structure, and shall not be
higher than 2.0 m, for safety purposes. The geometry of
the structure is left to the team’s discretion and must aim
towards innovative, structurally optimized design,
adapted to wood properties.
Even though the competition is always held at University
Laval, free lodging is provided for the participants
coming from other universities. Indeed, up to now, the
competition was held every year during Le Salon de la
Foret, a family fair organised by the forestry students of
University Laval. Its mission is to popularize and inform
the public about forestry and wood science. The Defi
Cecobois being part of the fair, the public can observe
the teams while they are building their structure.
A typical schedule of the competition starts with a
preliminary meeting on Thursday evening to allow the
participants to meet their teammates and discover the
theme of this specific challenge. This evening is also the
occasion to present basic information on the mechanical
properties of wood, the advantages of different structural
systems using wood, as well as the importance of
protection to ensure durability (Figure 3).

Figure 3: Thursday evening meeting of Défi Cecobois 2016

Design and construction of the structures take place on
Friday and Saturday (9:00 to 20:00 on Friday and 9:00 to
17:00 on Saturday). Friday morning is reserved to
brainstorming, conceptual design and modelling (Figure
4). To develop their concept, each team is furnished with
basic drawing and modelling materials, including paper
and cardboard, pencils, scissors, Popsicle sticks, hot
glue, etc. In 2016, professionals were invited to visit the
teams to help them develop innovative concepts.

Figure 4: Défi Cecobois - Development of the concept

After 12h00, the participants are allowed to use tools and
wood material to start building their structure (Figure 5).
Basic manual tools, such as handsaws, hammers,
screwdrivers, wood chisels, clamps, carpenter square,
measuring tape and level, are provided to each team in
addition to 2 electrical drills (Figure 6). In previous year,
material included :
 Wood
4 – 38 mm x 64 mm x 2.4 m
8 – 38 mm x 38 mm x 2.4 m
20 – 19 mm x 64 mm x 2.4 m
20 – 19 mm x 38 mm x 2.4 m
20 – 8 mm x 64 mm x 2.4 m
 Masonite panel 1.2 m x 1.2 m
 Screws, nails, metal brackets
 5 m of rope (washing line)
For the last edition, it was decided to reduce the size of
wood members to increase the challenge and avoid too
heavy structures. The material was nonetheless chosen to
keep the cost reasonable since very small wood elements
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are often sell for artwork and therefore more expensive.
The material provided in 2016 was therefore:

injuries to the participants and the public watching the
testing.

 Wood
30 – 19 mm x 64 mm x 2.4 m
30 – 19 mm x 38 mm x 2.4 m
30 – 8 mm x 32 mm x 2.4 m
10 – 8 mm x 64 mm x 2.4 m
 Cardboard panel 1.2 m x 1.2 m
 Screws, nails, metal brackets
 Rope (washing line)
Every structure must be completed for 17:00 on
Saturday. Following this deadline, a social event is
organised to celebrate their accomplishments. Every
year, we observe the development of friendly
relationship between participants from different
discipline who did not know each other 3 days ago, but
work towards a common goal during two challenging
days.

Figure 7: Défi Cecobois - Testing of the structures

A Jury of four or five professionals have then to judge
the different structures and decide on the winning teams,
considering the following criteria:
 Visual balance and creativity of the architectural
concept
 Stability and strength of the structure
 Design adapted to wood material
 Optimization of the structure
 Durability of the structure and the connections
 General appreciation of the project

Figure 5: Défi Cecobois - Construction of the structures

The deliberation of the Jury is usually two hours. Before
the winners are announced, each judge visits 2 teams
separately in order to discuss their project and present
the strong points and the weaknesses of their design.
This important step of the learning process of the
participants helps them to better understand the choices
made by the Jury.
The public visiting the fair can also vote for their
favorite project during the competition.

Figure 6: Défi Cecobois - Building with manual tools

The structures are tested and evaluated by a jury of
professionals on Sunday (Figure 7). Firstly, each team
has 3 minutes to present its project. Thereafter, the
testing consist of applying a vertical load of
approximately 600 N in combination with a lateral load
of 100 N. Bags of sand act as vertical weights, while a
mechanical weight scale is used to apply the lateral load.
Considering the participation of 10 teams, the testing
takes approximately two hours
Normally all projects withstand the loading test without
major failure, but it gives the jury a good appreciation of
the strength and the stiffness of the structure. Many
teams have asked to increase the weight in order to bring
their structure to failure. It was decided not to do so for
security reasons. Indeed, considering the size of the
structures, a brittle failure of a main element could cause

The winning teams are awarded with the following
prizes:
1st Prize : 750 CAD for the team
2nd Prize : 500 CAD for the team
3rd Prize : 350 CAD for the team
Public Prize : 100 CAD for the team
Cadwork licences are given also to all winning teams.
Following the competition, the winning structure is
exposed for one year in the hallway of the wood science
building at Université Laval.
5.2 ORGANIZING COMITTEE
Students are also involved in the organisation of the
competition through a multidisciplinary organising
committee created to help Cecobois with the
organisation. Every September, five to six undergrads
and grad students studying wood engineering, civil
engineering and architecture accept to volunteer to this
committee.
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Figure 8: Poster of results for Defi Cecobois 2016
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The organising committee is in charge of many aspects
of the competition. It decides upon the theme of the
annual event: defining the specific design parameters,
writing the rules and deciding the material available to
the participants. Registration of participants, ordering the
team’s T-Shirt, booking the lodging for the students
coming from outside Quebec City and organising the
meals during the 3-day competition and coordinating the
Saturday evening event are also under its responsibility.
Finally the volunteers organise the set-up of the
competition with the committee in charge of the Salon
the la Forêt and are present during the competition to
insure its smooth running.
5.1 INVOLVEMENT OF PROFESSIONALS
From the first edition of the Défi Cecobois, architects
and engineers were asked to be part of the Jury. In 2016,
it was also decided to involve some professionals during
the design and construction process in order to help the
students in the development of innovative concepts and
insure basic aspects such as lateral stability. This new
idea came from the TIMBERFEVER Design-Build
Challenge, held in Toronto during summer 2015 [10].
5.2 FINANCIAL PARTNERS
The participation to the Defi Cecobois was free for the
first editions in order to keep the competition affordable
for all students. However, considering the high rate of
last minute cancellation, it was decided to charge a
minimal cost, which reduces some of this problem and
covers about 10% of the total cost.
Other incomes are provided by financial partners.
Manufacturers, firms of architecture and engineering
offices sponsor the event and the prizes, others provide
material or tools and finally, Cecobois finances the
balance with the help of its national funders.
The visibility of partners include posters during the
event, logos on participant T-shirts as well as a summary
presenting the results published in Cecobois journal and
posted at Universities (Figure 8) [12].

6 AND MORE…
In addition to the educational strategies presented in this
paper, Cecobois also offers other services, including :


A technical support service allowing
professionals to discuss with a technical adviser
regarding questions they would have regarding
a specific project.



Technical guides and case studies on nonresidential wood construction [4].



Web-based
simple
professionals [4].



Prix d’Excellence Cecobois, Design awards
recognising outstanding timber buildings in the
Province of Quebec [13].



Focus groups to discuss technical problems
encountered in wood construction in order to
develop appropriate solutions.

design

tools

for

7 RESULTS
In 2008, a survey of building permits combined with a
survey of professional project portfolios indicated the
market share of new non-residential wood buildings was
estimated at 15% [1][2]. More recent surveys indicate
that this proportion now has increased to 20% and that it
continues to grow [16]. This was confirmed in a survey
of structural component manufacturers and glulam
manufacturers completed in 2014 [17]. Between 2010
and 2013, two new glulam plants opened in the province
of Quebec for a total of four, and the total shipment of
glulam products in the non-residential market has
increased significantly.
In the same survey, 45% of professionals felt the demand
for non-residential wood construction is growing and
over 40% of them confirmed that they intend to use it
more frequently.
The increasing number and complexity of submitted
projects at the Prix d’Excellence Cecobois over the last
editions have also shown a growing wood expertise in
Quebec [14]. This rising diversity and design quality in
wood construction was noted by the Jury of the Prix
d’Excellence Cecobois 2013 [15] .

8 CONCLUSION
This paper presents the Cecobois strategies related to
continuing education and undergraduate studies,
including a design-build student competition.
The global work accomplished since 2007 by the wood
industry in Quebec and Cecobois have led to an
increased use of wood for non-residential construction
and an raised the interest and expertise of professionals
in wood design.
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THREE STEPS TO MAKE TIMBER A STANDARD MATERIAL FOR
MULTI-STOREY BUILDINGS
Andrew Lawrence1, Joost Lauppe2, Tim Snelson3

ABSTRACT: There is currently a considerable amount of research worldwide into the potential for wood in taller
buildings. Much of this is currently driven by wood’s known sustainability benefits. However, sustainability in itself is
insufficient; clients will rarely pay more for a more sustainable design and all materials are striving to improve their
credentials such that the gap between timber and other materials is likely to decrease. It is therefore important for
engineers to understand the cost drivers for timber, to help make their designs more efficient. It is also important to
understand the impact of timber on the overall building cost; often the biggest advantage is speed and where that speed
is of value to the client (eg: enabling faster revenue streams) that can far outweigh any small additional costs of
construction. To date multi-storey timber has mainly been used for residential construction; but the greatest benefits are
arguably to be achieved in the commercial sector, where the lower acoustic requirements enable the finishes to be
omitted, further saving on the programme as well as costs. This paper describes where timber can compete and the steps
required to help make it a standard material alongside steel and concrete.
KEYWORDS: Multi-storey, commercial buildings, offices, costs, speed

1 INTRODUCTION 1 23
Timber is undergoing a rapid period of research
worldwide. New CNC fabrication techniques and new
products such as CLT are enabling ever more ambitious
multi-storey timber structures. Many clients are attracted
to timber’s sustainability benefits, but there is currently a
perception of timber as being significantly more
expensive than concrete or steel structures. However CLT
became established in the UK market through being
adopted as the preferred system for design and build
contractors, who wanted to de-risk and accelerate their
construction programme, on projects with very limited
budgets. For these contractors, the preference for CLT
was a commercial and programme decision. The
sustainability benefits of timber are clear, but if timber is
truly to become a standard construction material it also
needs to compete commercially and engineers need to
understand where the cost-drivers and value lie to enable
them to decide when timber might be an appropriate
solution for a particular project. Therefore this paper
1
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seeks to ask not what can be achieved technically (since
this is already being demonstrated by the hundreds of
buildings built or under construction) but rather where can
it compete and what steps are required to help make it a
standard material alongside steel and concrete. In order to
understand where it can compete we need to understand
both the advantages and the challenges.
This paper focusses on engineered timber multi-storey
structures as opposed to light-frame timber (such as
balloon frames) structures often found in low-rise
residential buildings. Whereas widespread use of lightframe timber structures mainly in the residential market
has led to readily available data for cost estimation this is
currently not the case for engineered mass timber
structures. Cost estimators generally reference current and
recent projects to benchmark costs. When there are very
few example projects and those tend to be bespoke, it
becomes difficult to create accurate project budgets,
leading to conservatism and thereby unfavourable
comparisons with other more familiar systems.
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Engineered mass timber has opened up possibilities of
creating longer spans, unlocking the potential for creating
open plan offices in timber. The Believe in Better
Building (Figures 1,2) by Arup Associates is an example
of a recently completed four storey office and education
building in the UK with an engineered mass timber
structure.

2.2 Ease of machining to high tolerances

Although this paper focusses on engineered mass timber
structures, general principles and advantages presented
here hold for timber structures in general.

In the past 10 years CNC fabrication has become
ubiquitous in the timber industry. Wood lends itself to
accurate machining, enabling +/- 1mm tolerances to be
achieved. Combined with the lightweight nature of wood,
this makes it ideal for prefabrication, compared against
say precast concrete which is both heavier to transport and
being cast rather than machined has much lower
tolerances, or steel which suffers from warping and
bowing in the rolling process.

2 THE ADVANTAGES OF TIMBER

BIM to CNC fabrication allows designers and fabricators
to create a smooth transition between design and
production information.

2.1 Lightweight
Used in its strong direction parallel to the fibres, wood has
a strength to weight ratio better than steel. Timber
buildings will therefore generally be significantly lighter
(especially if timber, such as CLT, is used for the floors
rather than concrete) and this in turn can help save on the
cost of the foundations or even enable taller construction
over and adjacent to sensitive underground structures,
tunnels or onto existing foundations with limited capacity.
Timber is also a logical choice for adding additional
storeys on to existing structures.

To take full advantage of the precision and control offered
by BIM to CNC fabrication it is important to create a fully
coordinated model between all disciplines (Figure 1).
Openings for MEP should be created in the factory as
much as possible, saving time on site. On the Believe in
Better Building all openings larger then 75mm were
created in the factory, the workability of timber allowed
for smaller openings to be easily created on site. Builders
work and fire stopping packages are significantly reduced
due to precisely prefabricated holes.

Table 1 below gives an indication of the weight difference
(%) between a typical concrete flat slab, steel composite
and engineered timber floor based on a 7.5m x 9m grid.
Table 1: Weight comparison table between different types of
structural frames, assuming office loading.

Dead
Load

Total Load

325mm RC Flat Slab

100%

100%

130mm Composite +
Steel frame

65%

80%

220mm
CLT
Glulam frame

35%

62%

+

The overall saving on foundations from using a timber
structure instead of a heavier steel or concrete structure
depend on the foundation type and local stratigraphy.
Studies within Arup indicate cost savings on the piling
package of 15-20% compared to equivalent concrete
structures are achievable for multi-storey office buildings
in timber. Further cost reduction in the concrete and
groundworks package can be achieved by reducing the
sizes of ground beams and pile caps. Depending on the
size of the project, the substructure savings can provide an
offset in the order of 5% of the superstructure costs.
These cost reductions depend on several factors and will
vary project by project.
Further savings can be realised during the construction of
timber frames when the crane size can be reduced due to
the reduction of structural component weights.

Figure 1: Engineering BIM from the Believe in Better
Building, issued to contractor for use in fabrication.

Alongside more standard multi-storey projects, the ease
of machining and high tolerances of timber are
particularly beneficial when designing structures with
complex geometries. These projects often have many
unique elements which can be economically and quickly
produced in timber.
2.3 Speed of construction
This is perhaps wood’s most important advantage. Being
both lightweight and machined to high tolerances means
that wood buildings can be assembled fast compared to
concrete, which requires several activities to construct
(falsework, formwork, reinforcement, pouring) and then
curing time after construction before follow-on trades can
gain access to the structure.
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Fit-out can start earlier because CLT slabs do not need
back-propping; as a rule of thumb generally one storey is
kept clear between the timber frame and fit-out.
Lighter weight timber components can be larger, limited
by economic transport, rather than crane capacity, which
increases the speed of construction and reduces hook
time. CLT installation rates vary from 500 to
800m2/week/crew, depending on complexity, whereas the
rate of concrete slabs is about 300 to 400m2/week/crew.
Timber construction is less dependent on the weather, and
generally has fewer bad weather days compared to
concrete and steel composite floors.
Lightweight timber elements are easier to handle and
require less construction workers on site compared to
concrete structures. This is reflected in the fact that the
four-storey high 3800m2 superstructure frame of the
Believe in Better Building was assembled by only 6
construction workers in approximately half the time it
would take in concrete.
Reduced construction workers on site require less site
management and less site facilities, which should be
reflected in reduced prelims and improved safety through
reduced activities. Timber is easier for follow-on trades to
fix to, which leads to further programme savings. This
ease of fixing can save costs which should be reflected in
pricing of MEP and finishes packages.
These combined time and site resource savings can reduce
prelims costs significantly.

Figure 2: Interior of the Believe in Better Building, showing
exposed timber frame.

In commercial buildings, shortening the overall
construction time can enable a faster return on investment
for the client, so the speed of timber construction is
attractive. Faster revenue streams can offset (and exceed)
potential additional costs for timber structures. How
important this driver is will vary from project to project
and is related to the financing scheme.

Biophilia, coined by Harvard biology Professor E.O.
Wilson in 1943, is the effect that describes the link
between nature and humans. Beautifully elaborated in an
ABC Radio broadcast (Kellert, 2013) “(Biophilia
meaning) ...implies that we are nature-loving because we
are of nature; our brains, our bodies evolved in nature, and
as biological beings we need it to sustain our physical and
emotional health.”

2.4 Appearance

2.5 Low impact during construction

If the wood is left visually exposed, then this adds further
to the savings in time and cost of installing finishes and
lowered ceilings. Heavy timber can often be left exposed
in low and mid-rise buildings thanks to its inherent fire
resistance (Figure 2).
Recent research is raising the focus of designers and
developers on the impact of buildings on our health and
well-being. Natural materials, such as wood, contribute to
healthier environments [1,2]. Biophilia research suggests
people are happier in natural environments and
surrounded by nature. This research suggests that timber
structures can lead to more productive environments with
beneficial effects on the health and wellbeing of their
inhabitants.

Wood being lightweight can enable more components to
be brought to site on each truck, when compared to
concrete construction that must deliver all the constituent
materials to site as well as the additional plant and labour.
So there are approximately four times less deliveries to
site, reducing traffic impacts for neighbours. The
construction itself is also quieter, with less dust which
makes it ideally suited to city centre sites and also school
and university extensions where construction often goes
on alongside lessons.
Timber, being a dry construction does not require water
for the works as opposed to concrete and composite steel.
Also reduced power is required. This puts less pressure on
existing water and electricity infrastructures.
2.6 Health and Safety
With timber elements prefabricated in the more controlled
factory environment, construction sites where timber is
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used are generally tidier. Just-in-time deliveries require
clearly demarcated areas for vehicle access and material
distribution areas. Prefabrication leads to less waste on
site. Tidier sites and less site personnel leads to improved
health and safety, and less accidents.
The easy workability of timber leads to less vibration
induced injuries. Also there is no risk of breathing in silica
dust related to drilling into concrete, and no risk of
concrete burns, making work on a timber site safer for
construction workers.
2.7 Sustainability
Timber structures create buildings with significantly
lower embodied carbon (Figure 3). Sequestered carbon in
the structure can offset several years of operational carbon
helping to postpone carbon emissions; also the
lightweight superstructure reduces the foundation loads,
allowing foundations to reduce in size.

member sizes. Longer spanning floors especially, need
careful attention to vibration from an early design stage in
order to meet the requirements. Codified approaches like
static deflection methods can, in some cases, lead to lively
floors which attract adverse comment. For this reason
doing a full dynamic computational analysis in an early
stage is recommended. The stiffness properties used in the
analysis also need careful consideration, to account for the
contribution of the lamella of CLT and also the joint
stiffness between planks.
In order to meet acoustic requirements additional mass
may need to be added to the floor build-up. This can be in
the form of a wet or dry screed on top of acoustic
insulation. Decoupling of floor panels or screed from the
CLT slab by using an acoustic batten build up or acoustic
insulation on top of the CLT helps to further improve
acoustics. The acoustic requirements for offices are
generally lower compared to those of residential buildings
and schools. On the Believe in Better Building in London,
a transfer of noise requirement, DnT,w of 50dB and an
impact sound L’nT,w of 52dB was achieved by using a
400mm standard raised floor on top of a 220mm CLT
slab, with no further treatment.
The required acoustics and vibration performance of
timber structures can be achieved by careful design, and
should be addressed in an early stage of the design so that
proper cost allowances can be made.
3.2 Fire

Figure 3: Embodied carbon (kgCO2e/m2) comparison between
different structural systems.

Timber structures can help projects acquire the desired
sustainability rating (such as BREEAM or LEED) score
by contributing points in the materials category.

3 THE MAIN CHALLENGES
3.1 Acoustics and Vibration
Although being lightweight has advantages in terms of
transport and erection, it does inevitably make the
building more susceptible to dynamic footfall excitation
issues and also sound transmission. Both are solvable
through careful design, such as with added mass or
stiffness, or additional layers of finishes on resilient layers
to help the acoustics, but this can add to the costs if not
considered holistically in design. Offices have less
stringent acoustic separation criteria than residential
construction, so should be simpler to detail and present
greater opportunity for timber, yet to date CLT has been
predominantly used in residential construction.
Footfall performance is a serviceability requirement
which is often quantified by a maximum allowable
response factor [3] of the floor. Depending on the
structural configuration and the length of spans, vibration
can be a critical factor which drives slab thickness and

Fire is a significant issue in traditional lightweight timber
frame construction, comprising smaller timber elements.
So encapsulation in fire board is required.
Compared to lightweight timber frame construction, the
exposed surface area of massive timber elements is much
smaller which makes it harder for a fire to develop
(perhaps a useful analogy can be drawn to starting a fire
with kindling, which must establish the fire before the
larger logs start to catch fire).
Massive timber elements perform well in fire due to the
slower ignition and charring which forms an insulation
layer protecting the rest of the timber. So the section of
timber remaining after the design fire can be demonstrated
to be adequate to support the reduced loads of the fire
case.
There are still many areas to be researched such as
delamination of the lamellas in a fire, leading to
accelerated charring, and the effects of adjacent timber
elements on each other in a fire, such as secondary flashover from a CLT wall to floor. A fundamental fire
research element is to understand whether a timber
structure is likely to self-extinguish once the contents
have burnt out.
Fire protection of timber seems to be an emotive subject
with clients, although it is common practice for steel
structures to be protected with either fire board or
intumescent paint.
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The steel industry invested heavily in full-scale and
elemental fire tests to demonstrate reliable performance of
these protection systems and similar testing is required by
the timber industry to establish the realistic performance
of CLT and glulam in real fires.
If timber surfaces are left exposed a non-visible surface
spread of flame retardant is often applied on site. The
price for this can be roughly 10% of the bare CLT square
metre price. These coatings need maintenance, make it
harder to recycle the timber at end of life and add an
operation to the construction programme that slows
access for first-fix trades after the timber is erected. More
research is required into the spread of flame behaviour
with and without sprinklers, to optimise the use of such
coatings.

below shows the results of an indicative study conducted
by Arup for a recent project, which compares the costs for
a Glulam frame and CLT slab to that of an equivalent
Steel Composite and RC frame. The costs of all materials
are heavily influenced by market conditions and therefore
subject to considerable variation. At the time of writing,
the concrete market in London is currently getting busy,
thereby pushing up tender prices. These pressures will
also make timber more competitive, since the timber
industry currently has significant overcapacity.
Table 2: Cost comparison table between different types of
structural frames. (London rates)

(£/m2 GFA)
Steel
Composite

RC Flat
Slab

Glulam
Frame +
CLT

Substructure

95-150

125-200

85-135

Superstructure

180-260

160-280

220-350

Total

275-410

285-480

305-485

A careful site management regime also needs to be in
place to minimize risk of fire during construction.
3.3 Cost
Perhaps the biggest barrier is cost. There is general
agreement that if one just looks at a bare timber structure
it is likely to cost perhaps 10-15% more than a bare steel
or concrete structure of similar spans, partly because of
the relative expense of the timber connections. However,
in noting that the structural frame is typically less than
20% of the overall building cost, the overall uplift for a
timber frame would be just 0-5%.
Several projects in the UK have actually shown timber to
be competitive to steel and concrete, and in some
applications, cheaper. These are typically when grids are
sympathetic to timber efficiency and also due to savings
in other areas, such as reduced prelim costs, reduced
foundation costs, reduced fit-out costs and reduced
builders work. In some cases an earlier revenue stream
can also provide value. Therefore cost comparisons
between timber and other materials must consider how all
the relevant benefits and costs of the building are effected.
The Believe in Better Building, for example uses
insulated timber cassettes for the majority of the façade,
which are cheaper than typical office façade systems (as
well as being significantly faster to install). So this cost
reduction can help to balance the overall cost plan
position. The new sound stages being constructed at
Pinewood Studios use similar timber cassettes, which
were selected in competitive tender against more familiar
sandwich panel systems, proving more cost effective and
also halving the programme for the envelope, by
incorporating the acoustic treatment into the cassette and
eliminating the need for separate lining construction. So
in some applications, timber can demonstrate clear
advantages.
Bare CLT has a natural span range between 3 to 7 metres
and can be used for both walls and floors. This span range
is very suitable for residential projects and for this reason
platform frame construction is the dominant form, with
load-bearing cross-walls. Commercial offices often
require larger spans, and an open office layout, favouring
frame and slab over shear wall construction. The table

These numbers are based on a commercial office structure
in London with a 7.5m x 9.0m grid, and do not include
any prelim savings associated with the timber structure.
This indicates that, through efficient design, commercial
office structures in timber can be cost competitive to steel
and concrete. Choosing a sympathetic grid for timber is
key in controlling the costs. Larger slab spans without
secondary beams are likely to drive up the price of the
slabs and lose efficiency to meet dynamic performance
requirements. Over specification of offices in terms of
grid will result in an increase in material in the glulam
columns, beams and CLT floor decks. As a considerable
cost of the timber lies in the connections, which can also
drive the overall member sizes to prevent splitting at
supports, designers need to take them into account from
an early stage.
Cost control throughout the design process is an important
factor for every building project. Design decisions which
define the structural material are often made during
concept design stage. In this stage cost consultants base
their pricing on approximate estimating and
benchmarking against similar structures. Therefore
having reliable and abundant cost data is important. This
is difficult for timber commercial buildings for which
built examples and therefore cost data is limited in
comparison to concrete and steel. It can therefore be
helpful to engage with a number of timber suppliers to
provide budget advice, and to avoid the temptation
towards conservatism from cost consultants who may be
unfamiliar with timber systems.
3.4 Novelty
The building industry is conservative and typically riskaverse, making it difficult to persuade clients and
contractors to take a perceived risk on new systems. The
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process in which engineered timber becomes mainstream
for multi-storey buildings is well underway but will still
take time. One of the challenges is to convince developers
of the benefits of timber construction. Arup persuaded
Sky that timber would be a good solution for their Believe
in Better Building, but part of the difficulty was trying to
explain to the client what it would be like, when there
were no other timber offices in London for them to look
at. We showed them photographs of example projects and
visited CLT schools. Having completed the Believe in
Better Building, Sky had first-hand experience of timber
buildings and therefore chose to procure their next
building in timber and to adopt timber construction
extensively throughout their next new office building.
These buildings are excellent examples of the potential for
timber in the commercial office market and have been
visited by many developers, engineers and architects since
completion.
In commercial buildings, the developer must take a view
on how their building will be received in the market to
ensure letting or sale. Our experience again has been
reluctance on the part of the agents to engage with timber
offices, which can dissuade developers from proceeding
with timber schemes, due to perceived increase in
commercial risk. As an owner occupier, Sky were not
constrained by market perceptions. Owner-occupiers are
likely to be a good market for innovation in timber design,
such as the Tamedia building in Zurich.
Mortgageability of engineered multi-storey housing has
been stated as a concern in residential developments.
Murray Grove, developed by Telford Homes quickly sold,
which demonstrates that banks will lend against houses
with engineered timber structures. The novelty of timber
projects can also help raise the profile of clients who are
interested in presenting themselves as innovative and
environmentally aware.
Pushing technical boundaries, can lead to failure in
extreme cases. The Ronan Point collapse had a
devastating effect on the prefab concrete industry in the
UK. CLT was developed as a platform frame system for
economic construction of low-rise housing, in which
stability and robustness considerations are straightforward. The connections and processes are simple and
this helps with the speed on site. As building heights in
CLT increase, the issues of robustness, stability and
connection detailing become significantly more complex.
So whilst talk of timber ‘plyscrapers’ attract headlines, it
is clear that the timber industry and engineers have a
responsibility to ensure that the application of engineered
timber into new markets and applications is done safely.
The challenge for the timber industry is to push the
boundaries of engineered timber into new applications, in
a safe way. This requires good understanding of the
materials and components behaviour, backed up by
rigorous analysis and extensive testing.
Successful pioneering projects like the Sky Believe in
Better Building and Murray Grove will help to increase
confidence in engineered timber construction.

4 THREE STEPS TO HELPING MAKE
TIMBER A STANDARD MATERIAL
4.1 Standardisation and Cooperation
Precisely because timber is so easy to machine, a myriad
of timber materials, as well as connection and
construction methods have been developed. If some
standard approaches or solutions could be developed for
say offices, then more competition would be introduced
and costs would become more predictable.
There is also a need for standardisation of materials, as we
are now seeing with both CLT and LVL – clients do not
want the risk of a single supplier; they want the
confidence that they are buying at a competitive price and
therefore that there are several potential suppliers of
essentially identical products.
For example each fabricator of CLT planks has their own
catalogue of planks and they differ from one another.
Varying thicknesses and build-ups mean varying
geometrical and stiffness properties. This leads to
different capacities and thus different planks for similar
loads. When comparing CLT load - span tables between
fabricators, in extreme cases, differences of up to 20% are
encountered. This introduces a considerable variety in
design between different fabricators. This multitude of
products also provides a challenge for structural engineers
as they have to allow for different CLT properties between
fabricators when doing their calculations.
These issues could easily be resolved if fabricators would
further standardise and align their products.
This is what happened with Composite Steel decking
which in its modern form first appeared in the 1960’s. It
went through a development process which, backed by
standardised testing and formation of theories at
numerous universities across the world, finally led to the
forms of steel composite construction as we know them
today.
Prior to composite steel decking becoming a standard
product, each manufacturer developed their own specific
product slightly different from the next. Getting approval
from building code agencies involved extensive and
costly independent research. Often local agencies would
request additional test data related to non-standard parts
of the structure [4]. This increased the cost of the product.
Subsequently, industry bodies such as the British Steel
Construction Association (BCSA) and the Steel
Construction Institute have coordinated and lobbied for
extensive and on-going testing to demonstrate ultimate
and serviceable capacities for every element of the
composite construction system. Similarly, they have
identified and defined the appropriate and safe modes of
failure in extreme events.
Mass timber is currently going through a similar process.
What can be learned from metal deck is that product
standardization does not have to limit suppliers’
competitiveness but is an essential element in growing the
market. Timber Associations such as the Structural
Timber Association (STA) and TRADA (Timber
Research and Development Association) in the UK
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should play a key role in bringing consensus across the
industry to tackle the key design issues associated with
taking timber into new markets and growing existing
markets through helping to make timber solutions more
familiar to clients and designers.
Standardisation of connection design approaches with
design guides and examples will also help engineers to
design timber structures with more confidence. Currently
connection details are often bespoke, and dependent on
contractor preference. Connections can have a significant
impact on the cost of the timber frame. Suppliers have
therefore invested in design guidance and software
packages to undertake calculations using their connection
systems, such as Rothoblaas, Sherpa and Knapp.
4.2 Ease of use

Figure 4: Dynamic testing of floor slabs at Sky buildings
undertaken by Arup to confirm analysis.

At the early stages of a project when decisions are being
taken about what material to use, there is limited time to
do extensive design calculations. The steel and concrete
industries recognised this many years ago producing
tables of spans and capacities. These tables are backed by
extensive testing. The timber industry needs to do the
same with design guidance and software, made available
to engineers and architects. Sometimes the software
required to do this will need to be quite sophisticated
when timber floors are governed by vibration and timber
members are governed by the connections, but there are
ways of doing it. Standard construction details, used
across the industry would also help and these will
hopefully come naturally from the standard solutions
discussed in 4.1.

Most research on timber floor vibration is based on bare
CLT floors with relatively short spans and often with rigid
supports, as are generally associated with residential
platform frame schemes. In commercial offices, beam and
slab arrangements are more common. Dynamic testing of
existing floors or mock-ups in different configurations is
necessary in order to establish a sound analysis method,
calibrated by physical testing, that could accurately
represent its structural response (Figure 4). The testing of
various connection details under dynamic loads is an
important aspect of this research, as the connection
between the planks across the floor and the beam to slab
connections can significantly alter the performance of the
floor.

In the concrete and steel industry, design guides provide
examples of economic solutions for a range of grids, with
design tables to quickly identify structural member sizes
and thereby inform costs. The ‘Blue Book’ is fairly
ubiquitous in the design of steel structures in the UK. A
number of tools are starting to emerge in the timber
industry, but these are being developed separately by
suppliers, rather than coordinated by industry
associations.
In recent years increased floor spans in offices, combined
with lighter composite steel and concrete floors have
highlighted the potential issue of floor vibrations. This led
the steel industry to invest in a testing programme and
published guidance. Timber floors being lightweight have
similar issues with increasing spans.

A number of independent approaches to CLT floor
dynamics have been developed. These need to be brought
together and reviewed to establish consistent approaches
that can be relied on by engineers. The current provisions
in the Eurocode are too simplistic for open plan office
design and provide unconservative solutions, in terms of
response factors. Alternatively, an extensive testing
programme needs to establish that these higher response
factors of up to 15 are acceptable in timber buildings,
compared to a typical office specification, which would
limit the response factor to below 8.
4.3 Lower and predictable costs
Engineers need a good understanding of the cost drivers
to help them produce competitive designs. Unlike steel
where the cost is related to the tonnage, in timber the cost
of connections plays a much bigger role. This can have an
impact on the overall construction form – beams and
arches are much cheaper than trusses which have many
connections.
A distinction should be made between repetitive
beam/wall and slab structures like for instance BiBB
(Figure 5) and more bespoke structures like the Canary
Wharf Crossrail Station roof (Figure 6). The many special
steel connections between elements in the latter will make
connections the dominant factor over timber in terms of
costs.
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The UK Structural Timber Association (STA) recently
issued guidance on lightweight timber frame costs and
will follow that with a cost guide for Glulam and CLT
which is scheduled to be released in early 2017.

Table 3: Average rates for glulam frame for commercial
offices broken down per cost item

Cost item

Rate (£/m3)

% of total

Glulam

600 - 700

65%

Connections

230 - 270

25%

Transport

90 - 110

10%

Total

920 - 1080

Table 4: Average rates for CLT floor planks for commercial
offices broken down per cost item

Figure 5: Structural Frame for Believe in Better Building,
London.

Cost item

Rate (£/m3)

% of total

CLT

500 - 600

88%

Connections

10 - 15

2%

Transport

60 - 80

10%

Total

570 - 690

As CLT structures grow taller, all-timber stability systems
can become expensive (because of the cost of the
connections to resist net tensions floor to floor). In
residential platform frame construction, this is often
mitigated by distributing the wind loads between many
walls. For concentrated cores more commonly used in
office construction, steel bracing or even concrete
stability systems can prove to be more economic.
Although using in-situ concrete construction will slow
down the programme, as discussed in section 2.3 above.
Some contractors will be happy to combine steel or
concrete with timber, others will exclude non-timber
works from their scope. So it is important to look for the
gaps in comparing timber options to be sure of a like-forlike comparison.
The following list shows some of the typical items to
consider in comparing costs for timber, steel and concrete
structures:

•
•
Figure 6: Canary Wharf Crossrail Station Roof, London.

The following material rates are averages based on
contract sums and tender returns of recently completed
structures and designs in progress for commercial offices
within Arup, so are current at Q1 2016.

•
•
•

•
•
•
•

Design fees (many timber buildings involve final
design by the specialist contractor)
Extra-over cost for visual grade finish where
required (some suppliers do not charge extra)
Class 0 surface spread of flame varnish (for exposed
timber) where required
Holding down bolts and grouting (usually assumed
to be undertaken by the concrete trade contractor)
Fire protection (intumescent paint or fire-boarding)
for steel structures
Additional acoustic treatment for timber
Potential for reduced finishes if exposing the timber
Reduced foundations for timber
Reduced preliminaries
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•
•

Reduced Builders work due to CNC forming of
openings
Currency risk if buying the timber from a different
country to the project

Another factor governing the cost of timber structures is
competition in the market. The number of CLT and
glulam fabricators are increasing and major suppliers are
also expanding their capabilities, which will create more
competition and thereby reduce costs.
Ultimately timber should be used where it can add value
to the project; it is hard to argue that wood should be used
where steel can do the same job better and cheaper. An
example of timber value in the UK is the growth in interest
in using CLT for modular construction, due to its light
weight, ease of machining and in-plane stiffness.

5 CONCLUSIONS
If the recommended steps are taken it is hoped that within
10 years, timber will be considered as a standard
construction material alongside steel and concrete. It will
not always be the right answer, but its many advantages
will often make it the right choice for a particular project.
Many timber buildings are currently quite bespoke as
designers seek to address the challenges of innovating
with the timber systems, by increasing height or
increasing spans. When standard solutions become
commonplace for CLT and glulam structures, this will
make conceptual design easier, leading to more buildings
being proposed.
As more timber buildings are built, novelty risk
perceptions will reduce and cost benchmarking will
become easier.
The authors anticipate that the construction benefits of
timber combined with the other value propositions
outlined in this paper will help timber to develop a
significant market share across several markets.
Furthermore, growing interest in health and wellness will
create more opportunities for timber.
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Fire Safety Engineering of Tall Timber Buildings in the USA
David Barber1
ABSTRACT: Model building codes in the United States limit timber construction to six stories, due to concerns over
fire safety and structural performance. With new timber technologies, tall timber buildings are now being planned for
construction. The process for building approval for a building constructed above the code height limits with a timber
load-bearing structure, is by an alternative engineering means. Engineering solutions are required to be developed to
document and prove equivalent performance to a code compliant structure, where approval is based on substantive
consultation and documentation.
Architects in the US are also pushing the boundaries for the fire engineering design, requesting load-bearing timber be
exposed and not fully encapsulated in fire rated plasterboard. This provides an opportunity for the application of recent
fire research on exposed timber to be applied, and existing methods of analysing the impact of fire on engineered timber
structures to be developed further. This paper provides an overview of the performance based fire safety engineering
required for building approval and also describes the engineering methodologies that can be utilised to address specific
exposed load-bearing timber issues; concealed steel plate connections for glulam beams; and the methodology to address
areas of exposed timber.
KEYWORDS: Tall timber buildings, fire safety, connections, exposed timber, performance based design

1 INTRODUCTION 123
Multi-storey timber buildings are being planned and
constructed globally. The demand for these types of
buildings is due to the availability of innovative materials
like cross-laminated timber (CLT), but also based on the
need for green and sustainable architecture. The recent
United States Department of Agriculture’s (USDA) Tall
Wood Building Competition1 has awarded two winners
that will soon start construction in the US; a ten storey
residential building in New York (475 West 18th Street2)
and a twelve floor mixed office and residential building in
Portland (Framework3). Both the Portland and New York
buildings will be using a combination of glulam as the
primary structural gravity frame, with CLT floors. Both
buildings will also include CLT for walls. These new
buildings introduce a significant step-change in the design
and construction of tall timber buildings in the US. The
USDA competition has encouraged other developers and
architects to plan tall timber buildings and more are
expected within the US in the near future.
With the resurgence of timber as a construction material
in the US, there is significant interest in the fire safety
methods being utilised. This paper provides an overview
of the methodology and process for fire safety alternative
1 David Barber, Arup, Washington D.C.,
david.barber@arup.com

engineering solutions, to prove compliance to the
International Code Councils International Building Code4
(IBC). The paper also describes an engineering
methodology to address specific timber framed building
issues, including concealed glulam connections, where
the timber is exposed within a compartment; and provides
a methodology for the analysis of areas of exposed timber
within a residential unit.
1.1 CONTEXT AND BACKGROUND
While combustible, the inherent fire resistance of mass
timber building elements, such as CLT and glulam is
distinctly different from the minimal fire resistance of
light timber frame members. Sawn and engineered timber
have fire properties that have been very well researched
and understood, with significant fire testing undertaken in
North America5. Timber buildings that utilize engineered
timber products can be designed with fire resistance
ratings (FRR) of 120 minutes or more, without relying on
additional passive protection and hence can be used as the
primary structure in taller buildings, where fire ratings are
normally more than 60 minutes.

2 MODEL CODE COMPLIANCE
Each State and some cities within the US adopt one or
more model building codes. All 50 states adopt the IBC4,
with some states also adopting NFPA 101 ‘Life Safety
Code’6. Each State adapts and amends the model codes to
provide the basis for construction compliance.
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Timber construction is referred to as combustible
construction in the IBC. Concrete and steel construction
is referred to as non-combustible construction. Recently
the 2015 IBC has been updated to recognize CLT for use
as a building material. The IBC requires buildings above
75ft (defined as “high-rise”) to have an increased level of
fire protection and structural performance. Hence timber
is limited to low and medium rise buildings only. Building
approval for tall timber buildings is a significant barrier in
the US, given the code limitations coupled with the
unfamiliarity of mass timber as part of the primary
structural frame.
2.1 HIGH-RISE TIMBER BUILDING – PATH TO
PERMIT
High-rise construction is represented by non-combustible
construction Types IA and IB, whereby the load-bearing
structure (i.e., columns, beams, floors and any loadbearing walls) are required to have a sufficient FRR for
these elements to survive full burn out of a fire, where the
sprinklers have failed and the fire department has limited
intervention. The building is to remain structurally sound
even in this highly unlikely scenario. The required FRR
are increased to 120 to 180 minutes for high-rise
buildings. There is a significant difference in expected
structural performance for a high-rise building, when
compared to a medium-rise building. The approach of
addressing fire ratings for the full fire burn out a high-rise
building is consistent in codes internationally.
As Type I requires non-combustible construction,
approval for a high-rise timber structure requires the
proposal of an alternative engineering design. This is
permitted by the “Alternative materials, design and
methods of construction and equipment” clause.
Undertaking an alternative engineering approach (or a
performance based design) is subject to approval by the
authority having jurisdiction (AHJ). The methodology for
developing an alternative engineering design varies
among states in the US and can also vary within the state,
where an AHJ may not permit an alternative engineering
approach to be developed. The process of approval is
typically based on proving that the tall timber building
will provide a level of fire safety that is equivalent in
performance to a code compliant building of the same
height, area and use. A tall timber building is a very new
form of construction and hence will undergo intense
approval scrutiny as it progresses through to the approvals
stage.
The engineer is required to follow a detailed process of
documentation and communication with the AHJ. The
initial step is to meet with the AHJ to discuss the proposed
building design and form of construction, to gain approval
to move forward with an alternative engineering design.
As the architectural plans move into Schematic Design, a
Concept Fire Safety report is documented to confirm the
basic building parameters. This report is used for
discussion with the AHJ and fire department, to gain an
in-principle agreement on the approach. The report would
typically include a detailed code review to identify key
areas of code non-compliance and the methods for

providing solutions to gain a permit. From the author’s
experience, meetings at this stage of the project will cover
a wide range of topics related to fire safety in timber.
Topics of discussion, followed up with detailed
documentation include timber fire ratings, evidential fire
testing, FRR of connections, impact of exposed wood on
fire size, adhesive fire safety, timber combustibility, fire
safety during construction and methods for showing
equivalence. Meetings also provide the opportunity to
discuss relevant timber research, analysis methods and
data availability. As part of the process, comments,
meeting minutes and documentation queries are all
recorded as part of the engineering process.
Once an in-principle agreement on the Concept Fire
Safety report has been agreed, then a detailed Fire
Strategy report can be documented to support the building
design. This report is based on the Developed Design
documentation for the project and includes detailed
background on fire testing for timber components,
includes all calculations, analysis and drawings, to prove
that using timber as part of the primary structure provides
an equivalent level of safety to a non-combustible
structure. Supporting information from relevant suppliers
and gaps in data can also be identified. Where fire testing
is required, this will be carried out to fill in the current
knowledge gaps and to assist with the approvals. Again,
this report and its findings are discussed in detail with the
AHJ and fire department for approval, which may take a
number of meetings. Once the report is agreed inprinciple, then all requirements are included within the
building permit documentation. The process from initial
meeting to approval is a time-intensive process and
requires support from the project team.

3 FIRE TESTING – INSUFFICIENT
DATA FOR ENGINEERED TIMBER
Within the US, as with most countries, all load bearing
structural elements, interior and external finishes are
required to be fire tested to ascertain if they meet criteria
set by the IBC.
An issue for tall timber buildings in the US is the lack of
available fire testing of engineered timber products, where
those tests are carried out in the US to meet the IBC. This
is of particular concern for CLT supply, where no U.S.based fire tests have been carried out on a CLT floor, with
the underside exposed. There are also few fire tests for
CLT connections, especially for fire ratings of 120
minutes (required by the IBC for high-rise buildings), and
few fire tested penetration seals, for cables, pipes and
ducts. The lack of fire testing for engineered timber
products has resulted in slower building approvals, as all
components need to have the required proof of FRR when
the design is submitted for permit.
For projects that require a 60 minute or 120 minute FRR
from CLT floors or walls, there are fire tests that can be
used to assist with permit approval, with the most relevant
carried out in Canada, and documented within the CLT
Handbook8. The CLT Handbook is becoming more
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widely accepted as a design guide and the analysis
correlations for an FRR can assist and inform an AHJ of
the expected CLT thickness for a required FRR.
Where an architect requests that glulam beams or columns
are exposed, another limiting factor is the lack of fire
tested or constructed 60 minute and 120 minute FRR
glulam
beam-to-column,
or
column-to-column
connections available. This is not a US based issue, with
a significant lack of fire test data available to all fire safety
engineers on methods for achieving an FRR for a
concealed steel plate connection. This issue is covered in
more detail below.
An issue that has also arisen within the US and requires
further detailed analysis and fire testing is where an
exposed glulam beam supports an area of exposed CLT
floor. It is not evident that this arrangement has been fire
tested as one assembly before. The issue to be addressed
is the increased char rate of the glulam beam, given the
adjacent location of the exposed CLT that the beam
supports. It is expected that there would be an increased
charring rate in the glulam beam, due to the adjacent
exposure of the burning CLT. The CLT heat flux,
combined with the fire induced heat flux, may result in a
higher char rate in the beam. There appear to be no
correlations that address the increased charring rate in the
glulam, due to the adjacent exposure of the burning CLT.
Initial calculations by the author to address the issue of a
relatively higher incident heat flux at the beam have been
based on a 20% increase in beam char. The increase in
char rate due to the incident flux from the CLT has been
based on measured heat flux from CLT fire tests9 and the
methodology described by Butler10.
To assist with building approval and to provide current
and future high-rise buildings with useable timber
solutions, which is a primary aim of the Tall Wood
Building Competition, a number of fire tests are being
funded by the USDA1. These fire tests will meet the IBC
and ASTM E1197 and include CLT walls and floors, CLT
floor assemblies and a number of connections. These tests
will provide new information to the timber construction
industry, once completed.

4 CONNECTIONS IN GLULAM BEAMS
AND COLUMNS

timber members, leading to increased charring and a
faster reduction in the strength of the timber close to the
connection, resulting in an earlier than expected failure
time11, 12, 13, 14. Following an in-depth literature review on
timber connections exposed to fire, the following has been
found:








There are many historic examples of connections
in design guides, but little evidence of proven
FRR. The industry is currently using prescribed
connections that may (or may not) provide a
stated FRR, given currently available evidence
based fire testing.
Achieving an FRR of 60 minutes or more
requires significant depth of timber cover and
there are only a few correlations to calculate the
FRR, with limited applicability. There are few
fire tests on concealed steel connections for an
FRR of 60 minutes.
The load carrying capacity of a concealed steel
connector is impacted by the heat transfer into
the timber by exposed or partly concealed
dowels or bolts.
The key design inputs considered to be critical to
connection design and not well defined are the
rate of char at the connection and the depth of the
heat affected layer.

4.2 APPLICATION OF CURRENT METHODS
A preferred glulam connection for architects is a
concealed timber-steel-timber connection, with a central
steel plate, potentially with dowels, located behind solid
timber plugs. This is also relatively easy for a structural
engineer to design. For a tall timber project in the US, this
type of connection will require an FRR of 120 minutes.
The methods available to a fire safety engineer to analyse
the FRR for a glulam connection are from American
Wood Council’s Technical Report No. 10 (TR-10)15 and
EN 1995-1-2 Eurocode 5 (EC5)16. Both TR-10 and EC5
have an approach of limited validity up to 60 minutes,
using the reduced cross-section approach. Both methods
are based on determining a char layer for the timber that
surrounds the connection and provides the “cover” to
protect the connection from the heat of the fire.

Connections must be designed to have strength and a fire
resistance rating equal to that of the connecting members.
Connections in engineered timber, such as glulam, are an
unresolved design issue, as there is no clear methodology
to assess their capacity under fire, when the timber is
exposed and not clad behind fire protective plasterboard.
Connections in timber are the weakest parts of the
building structure.

The TR-10 approach is based on the nominal char rate
being increased by 20% to account for corner rounding,
fissures and a reduction in strength and stiffness for the
zero strength layer. The zero strength layer is located
directly behind the char. TR-10 requires that the timber
cover to protect the concealed connection is determined
through calculating “achar/1.2”, where the value of achar for
a 60 min FRR connection is 0.76mm/min (1.8in/hr).
Hence the timber cover required is calculated as 38.1mm.
The distance from the bottom of the member to the
connection is also required to be at least 38.1mm.

Connections with concealed steel connectors, which is the
preferred architectural method, are difficult to engineer as
strong elements resisting fire. Steel is a very good
conductor of heat and transfers heat to the connected

The “Reduced cross-section method” within EC5 is based
on the notional char rate, which includes corner rounding
and fissures, and determined as βn =0.7mm/min for
glulam. To account for the loss of strength and stiffness

4.1 INTRODUCTION
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behind the char (zero strength layer), an additional 7mm
is added to the total width of char. For a doweled
connection behind timber plugs to achieve a 60 min FRR,
the cover depth is required to be 49mm.
The two approaches produce different results, with TR-10
providing cover to dowels of 38.1mm and EC5 producing
cover to timber plugs of 49mm. The difference between
the values was cause for concern and based on the
literature review completed, it was determined that to
provide a glulam beam to column connection that is able
to achieve a 120 min FRR, a new methodology for fire
protection was required to be developed.
4.3 ALTERNATIVE APPROACH
An alternative approach to fire design of connections has
been under development for a number of years by the
author. The methodology will be verified through future
fire testing.
4.3.1 Impact of Temperature on Timber Strength
Properties
The approaches from TR-10 and EC 5 are based on a
number of assumptions. Firstly, the assumed char rate for
the timber can be used to determine a thickness of timber
that has no strength and provides insulation. The next
assumption is that the timber directly behind the char has
zero strength, for a set depth (zero strength layer). The
third assumption is that the timber directly behind the zero
strength layer has the strength and stiffness of cool timber.
In the author’s opinion, these assumptions need to be
challenged as they may be non-conservative.
To assess the ability of a timber member to resist applied
loads at a typical beam-column shear connection, there
are two key design inputs (below), which are discussed
further in the next sections:
1.
2.

Rate of char for the timber that surrounds the
connection and provides the “cover”, to calculate the
char layer.
The depth of the “heat affected layer” located directly
behind the char, which includes the zero strength
layer, where the timber strength and stiffness are
impacted by the fire.

4.3.2 Char Rate
It is evident from fire testing carried out that the char rate
at connections is higher than at other parts of a beam or
column13, 14, 17. The char is influenced by:





If any part of the connection is exposed, the char
rate is increased due to the connections
transferring heat into the timber.
For concealed connections, the steel plates and
dowels/bolts attract heat into the connection,
resulting in an increased char rate.
The choice of dowels or bolts influences the char
rate, with bolts having a greater impact due to the
area of the bolt head, washers and nuts.
Glulam beams and columns that are exposed
timber may have an increased char rate if there is



an exposed timber floor adjacent. This increased
char rate needs to be accounted for at the
concealed connection.
Real fires typically have higher temperatures for
the initial period of fire growth, when compared
with standard fires. Hence the heat flux received
will induce higher initial charring rates.

To account for the increased char rate at the connection, a
char rate of 0.8mm/min is recommended for analysis of
concealed connections, based on the available fire test
research. Further research is needed to confirm an
accurate value for concealed plate connections, for a 60 or
120 minute FRR and for exposure to real fires.
4.3.3 Accounting for Reduced Strength and Stiffness
It is evident from fire testing on full size connections that
they may fail earlier than expected, in particular when
they are designed to achieve 60 minutes FRR11, 18, 19. It is
also apparent from fire testing that the failure mode
typically reached is a large deformation resulting from an
embedment failure. This may lead to a full shear failure
or splitting of the timber17, 20, 21. The embedment failure is
typically evident from increased ovalisation that occurs
around the dowels or bolts, due to the weakening timber
strength and stiffness. As the timber starts to heat up, the
ability to resist shear induced by the bolt or dowel
connector reduces and embedding failure occurs.
Designing for the reduced embedment strength is a key
factor in achieving a predictable FRR in a connection.
The layer of timber directly behind the char is reduced in
strength and stiffness, as fire testing has shown.
Accounting for the loss of strength in the timber directly
behind the char and the specific depth of that weakened
timber then becomes critical for a concealed steel
connection, where embedment failure is to be prevented.
Determining the depth, strength and stiffness of the heat
affected layer and then designing a connection to be
located within the close to full strength timber will
provide the basis for a connection to withstand a longer
duration fire exposure. The approach of increasing the
char rete by 20% (TR-10) or adding 7mm (Eurocode 5)
may be effective for an FRR of 30mins, but appear to be
non-conservative for longer duration fires.
Research on the impact of temperature on embedding
strength is key to predicting an FRR for longer duration
fires17, 22, 23. The change in embedding strength has been
measured extensively and correlations do vary. For timber
heated to 100°C, the embedding strength is accepted as
being reduced by approximately 55% in comparison to the
20°C value (see Figure 1). Strength loss continues with
increasing higher temperatures.
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Figure 1 – Reduction in embedment strength with temperature,
adapted from Eurocode EN1995-1-214

Hence, for a connection to retain sufficient capacity for
the duration of a fire, the connection must have timber
cover to retain adequate embedment strength. From the
author’s analysis, a connection should be designed such
that the timber at the connection retains 80% of its
ambient value embedment strength. Based on the above
relationship (Figure 1), a temperature of 60°C or below is
required to retain 80% or more of the embedment
strength.
The properties of the heat affected layer have been
determined in various research papers24, 25, indicating the
zero strength layer is dependent on the width of the
member and the time of fire exposure. The work by Frangi
and Fontana28 has provided a detailed description of the
“thermal penetration depth”, the depth behind the char
where the timber is at ambient conditions, even when
subject to a long duration fire. Thermal penetration depth
is estimated as being 25mm to 50mm, and at 60 minutes
of standard fire exposure, specifically, 30mm deep. To
account for this heat affected layer, the temperature of the
timber is required to be calculated, based on distance from
the back of the char layer. This can be calculated from
existing fire test results, as shown in Figure 2 and Figure
3, or through calculation26.

Figure 3 – Temperature within a beam after 60 minutes, heated
on 3 sides26

Based on the empirical results reviewed for the thermal
penetration depth, a depth of 20mm to 40mm will
maintain a timber temperature of 60°C, which is
consistent with the method from Frangi and Fontana26. A
value of 30mm is used for 60 minute FRR and 40mm is
used for 120 minute FRR. The values chosen are slightly
conservative as there will also be a difference in actual
thermal penetration depth, when that member is exposed
to a real fire. The values used from literature are based on
standard fire exposure.
4.3.4 Protection Required for Connections
Based the above approach, a depth of timber cover
required to protect a connection, i.e., to allow for
protection of the dowels, bolts or steel plates, can be
calculated such that the timber retains 80% of its
embedment strength. The wood cover required for a 60
minute FRR is 78mm – based on a depth of char of 48mm
(0.8mm/min x 60mins) plus a depth of heat affected layer
of 30mm. For a 120 minute FRR, the timber cover to the
connection (plugs or cover to the plate bearing
connection) would be 136mm.
Current research on concealed timber connections has
shown that fire testing may result in a failure time earlier
than expected19. Hence, a different approach for the fire
design of timber connections has been developed based
on the key fundamentals of char rate and heat affected
layer. Finite element modelling has shown the approach
to be effective and fire testing of full size connections will
provide more conclusive results, to be completed in 2016.

5 EXPOSED TIMBER – DISCUSSION
OF ISSUES AND METHODOLOGY
FOR SOLUTION

Figure 2 – Temperature of timber behind the char layer, for
glulam27

Architects in the US are requesting more timber is
exposed within their buildings. A common theme is
exposed timber at the ceiling (underside of the CLT
floors). The contribution of exposed timber to
compartment fires is an important issue that has limited
the development of timber buildings in some countries,
particularly in a residential setting, where the timber may
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be desired by architects to be exposed on the ceiling and /
or walls.
5.1 EXPOSED TIMBER – ISSUES TO BE
ADDRESSED
A building design may be based on areas of exposed loadbearing timber, that may include columns, or beams or the
underside of the timber floor, or all parts of the structure.
For low-rise and some medium-rise buildings, codes
typically permit greatly reduced fire safety requirements
and allow buildings with a zero FRR. Hence, timber can
be exposed and code compliant. Interior finishes may also
be relaxed. For a high-rise building, the expectation for
the FRR of the load bearing elements is that they would
survive full burn out of a fire, where the sprinklers have
failed and the fire department has limited intervention.
Accounting for areas of exposed timber (not clad in fire
rated plasterboard) is a significant technical challenge to
analyse and introduces challenges for fire safety. There
are three aspects to be addressed for exposed timber.
The first aspect is having combustible interior finishes as
part of a building. Building codes permit combustible
interior finishes within high-rise buildings, including
timber. Timber as an interior finish will introduce fire
load, such as when timber panelling is used on floors or
walls and can influence fire growth early in the fire
development. A coating may be required to limit
flammability, but exposed timber within a compartment is
not a new problem. However, flammability for the
exposed timber still requires to be proven and the IBC
requires fire testing to ASTM E8428. The IBC allows
timber to form part of the combustible fuel as an interior
finish within an office or residential building and does not
place limits on its location or thickness, provided it meets
with Class C, when tested to ASTM E84, when sprinkler
protection is provided.
The second aspect to be addressed is exposed loadbearing and non load-bearing timber within a
compartment, such as panelling, floating floors, loadbearing beams, columns or the underside of a CLT floor,
and how that exposed timber impacts on the compartment
fire. The fully developed fire peak heat release rate (HRR)
and fire duration will be increased due to the added
combustible fuel available from the exposed timber, when
compared to a compartment without any exposed timber.
How the fire decays is influenced by the timber, once all
the fixtures and furnishings have been consumed, is also
of concern. The issue to be addressed is that the energy
released from the fire, influenced by the exposed timber,
may result in the FRR provided for structural stability and
compartmentation being insufficient.
The third aspect to be addressed is where a building has
exposed timber as part of the load-bearing structure.
Where a fire can become fully developed (in the unlikely
situation of a sprinkler system failure), then the loadbearing structure will form part of the combustible fuel,
contributing to the fire development. The IBC requires
load-bearing structure to be non-combustible. The FRR

for the structure is required to be designed appropriately
to resist the expected fire load, including that fire load of
the exposed load-bearing timber.
5.2 FIRE TESTING FOR EXPOSED TIMBER
Fire testing has shown that having large areas of exposed
timber will impact on the fire size and the fire duration, as
the exposed timber provides an additional volume of
combustible fuel. This occurs whether the timber is an
interior finish or part of the structure. Fire testing has been
carried out on exposed CLT panels (walls or underside of
floor) in Canada and Europe29 - 35 and more testing is
planned in Europe, UK, Australia and the US over the
next 12 months. The aim of the fire testing has been to
determine a method for predicting the increase in fire size
and duration, based on the area of exposed CLT within a
compartment.
The fire testing of exposed CLT has shown that where
there are adjacent exposed timber surfaces (such as a wall
and underside of a floor; or two walls), once ignited, the
two surfaces will re-radiate between the surfaces,
resulting in a longer duration fire (when compared to a
compartment with non-combustible finishes). This longer
duration fire, which continues even after all the fixtures
and furnishings in the space have been burnt, can lead to
failure in the load-bearing elements as the exposed timber
elements continue to burn and the fire decay occurs at a
much slower rate.
More specifically, Medina’s31 fire testing showed that
where two CLT walls were exposed, being 53% to 59%
of the total internal wall surface area (Tests 1 and 2 of
Figure 4), the HRR and fire duration were influenced, as
re-radiation occurred between the exposed timber
surfaces. Medina also showed that where one wall of CLT
is exposed, being 29% of the total internal wall surface
area, the compartment fire is not significantly impacted
(Test 3, Figure 4).

Figure 4 – Results from Medina31 and McGregor’s30 research,
showing the difference in fire size (HRR) for a CLT room with
full gypsum protection, one wall CLT wall exposed (test 3), two
walls exposed (tests 1 and 2) and all walls exposed (fully
unprotected).
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McGregor’s30 testing showed that where all the internal
timber surfaces were exposed, there was a significant
influence on HRR and fire duration, with HRR increasing
by 60% over that of an identical non-combustible
compartment. These tests are an important corner stone
for addressing exposed timber within a compartment.
If the CLT is susceptible to premature failure of the plys
at the adhesive interface, before complete charring
(referred to as delamination, or stickability), then the
longer duration fire can result in more CLT being
consumed by the fire, with the potential for spikes in HRR
when the ply interface is reached by the char front. The
spike in HRR is due to the increased fuel that becomes
available due to the unburnt delaminated timber and the
unburnt timber that is exposed31,34. If too much timber is
exposed, then the total fuel within the space (furniture,
fixtures and exposed timber) can result in a fire that
extends longer than the installed fire resistance ratings.
It should also be noted that fire tests involving two
exposed CLT surfaces appear to become tests with
multiple surfaces exposed, as the test continue and the fire
rated plasterboard fails31, 34. Hence, data based on two
exposed CLT surfaces have to be considered carefully as
the test results often conclude with most CLT surfaces
exposed and burning.
5.3 METHODOLOGY FOR ASSESSING
LIMITED AREAS OF EXPOSED TIMBER
The permitted square area of timber that is exposed
requires an assessment method and currently, there are no
methods available for addressing exposed timber. There
is an area of exposed timber that is always going to be
acceptable within a compartment, but there is also a limit
to how much timber can be exposed before the timber
significantly changes the HRR and duration of the fire.
Determining that limit is key to the design for permitting
a safe amount of timber to be exposed within a
compartment.
The following sections provide an
introduction and overview to the methodology that the
author first applied to a building in 1997, for use with
exposed tongue and groove floors and exposed timber
structure. The approach has continued to be used and
refined over a number of years and applied to a number of
different projects and can also be applied to CLT, with
some limitations.
For exposed CLT, based on the fire test information that
is available, the following limitations have been applied:
1.

2.

3.

Only one timber surface can be exposed in any
compartment, being either the underside of a CLT
floor or a CLT wall, so that two exposed surfaces are
not adjacent to each other, to prevent re-radiation
between surfaces;
Where the load-bearing timber is not exposed, it is
required to be protected by fire rated plasterboard that
prevents the timber being exposed for the duration of
the expected fire;
The exposed timber needs to be limited in area such
that it does not impact on the required FRR for the

compartment (separating walls or floors or loadbearing structure).
5.4 CALCULATION METHODOLOGY
Two methodologies are used for assessing limited areas
of exposed timber. The first approach is based on “handtype” calculations, via a spreadsheet and this is detailed
below. This has a number of conservative assumptions to
provide a methodology that allows for relatively quick
analysis, and in turn, the limitations of the methodology
should be acknowledged. The second approach, which is
not covered within this paper, is based on using a detailed
computational fluid dynamics (CFD) modelling program
to provide more accurate analysis; however, this approach
does require significant user input and computation time.
5.4.1 Compartment Fire and Timber Char Rate
The char rate for timber when exposed to a fire is directly
proportional to the heat flux received and once timber is
exposed to a heat flux above 12kW/m2, which is the limit
for piloted ignition, timber starts to char36.
To accurately account for the charring within the exposed
timber, such as CLT, a time-temperature curve for the
compartment is first required, such that a heat flux can be
determined at the timber location. This approach for
determining char rates differs from that recommended in
guidance such as EC 5 or TR-10, but is considered to be
more accurate. The approach of using a char rate value
based on an expected real fire accounts for the higher
temperatures that occur in the initial stages of the fire
development, when compared to a standard fire37. The
decay period can also be accounted for.
5.4.2 Hand Calculation Method
The hand calculation methodology is based on the
expected total fire load of furnishings and fixtures, and the
additional mass of fuel due to the combustion of the
exposed timber that has been consumed during the fire.
The compartment fire, including exposed timber, should
release less energy than that of the standard timetemperature curve, for a 60 minute or 120 minute FRR.
The exposed timber is addressed though a “lumped mass”
model, whereby the additional timber that will be
consumed by the fire is “lumped” together as one fuel load
item and assumed to be consumed by the fire over the
duration. The exposed timber will start to influence the
fire when there is sufficient source of heat applied, such
that charring occurs (heat flux is more than 12kW/m2).
Hence, at the beginning of the fire and once the fire has
decayed, the exposed timber will not contribute to the
overall compartment fire as it will not char. It is assumed
that once the heat flux is below 5kW/m2, the exposed
timber will stop charring and contributing to the fire9.
The methodology to account for the exposed timber is
therefore:
1.

Calculate the area of exposed timber within a
compartment (assuming an area of exposed CLT).
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2.

Develop a time-temperature curve for the
compartment (fire growth and decay), assuming for
the initial calculation that all surfaces have noncombustible finishes only (fire rated plasterboard
assumed), to determine pre and post flashover
conditions. Assume a typical compartment fire load
energy density (FLED) of a typical residential unit
(300 to 400MJ/m2) or an office floor (500 to
600MJ/m2).
3. Consider the decay period of the fire to be
independent of the type of fuel burning (moveable
fuel or timber) for this initial calculation (nonconservative assumption at this stage).
4. From the time-temperature curve developed,
calculate the heat flux at each time step where the
exposed timber surface is located (such as an exposed
ceiling).
5. Assume that the exposed timber surface receives the
same instantaneous heat flux across the whole
surface, as a conservative assumption, i.e. for a
ceiling, assume a uniform gas temperature in the hot
layer (conservative approach). For a wall, assume a
weighted average instantaneous heat flux across the
wall, due to the differences in temperature at the top
and base of the wall. For simplicity, a uniform
instantaneous heat flux based on the temperature at
two-thirds of the height above floor can be used and
applied across the whole wall, as a conservative
approach.
6. Calculate the charring rate, which is based on the heat
flux at the exposed timber surface10, for each time
step.
7. Based on the fire duration, calculate the depth of char
of the exposed timber based on the varying heat flux.
Charring is accounted for when the heat flux at the
exposed timber surface is 12kW/ m2 or more. When
the heat flux is less than 5kW/ m2 (average), charring
is considered to stop and the exposed timber is
expected to self-extinguish.
8. Compare the average char rate for the duration of the
fire with the calculated char rate for CLT8. Use the
greater of the calculated char rates. Do the same for
glulam members, referring to TR-10 or EC5.
9. From the depth of char, calculate the mass of timber
that would be consumed by the compartment fire,
based on the total fire duration and the char rate. This
is based on the area of exposed timber (m2) multiplied
by the depth of char which equals a volume of burnt
timber. The timber density then provides a mass of
burnt timber.
10. The mass of burnt timber is converted to energy
released (typical timber value of 18MJ/kg) to produce
MJ and dividing by the area of the compartment, a
FLED for the burnt timber (MJ/ m2) is determined.
11. Re-calculate the compartment time-temperature
curve (starting at item (2) above), with the new
compartment fuel load including the mass of burnt
timber, i.e. initial FLED of fixtures and fittings
(MJ/m2 from item 2) plus the contribution of burnt
timber (MJ/ m2 from item 10). The assumption for the
interior finishes can also be altered for this step, as
the compartment time-temperature curve will be

12.

13.

14.

15.

16.
17.
18.

19.

based on the weighted average of exposed timber and
plasterboard (impacts on assumption of heat loss
through surfaces).
The additional fuel load due to burnt timber will
increase the fire HRR. Accordingly, a new time
temperature curve will be calculated with a longer
duration.
The new time-temperature curve is then used to
calculate the heat flux at the exposed timber and the
time of exposure, as per steps (4) to (8) above. A new
mass of burnt timber is calculated and a new
additional FLED based on the exposed timber is
calculated, as per steps (9) to (10).
Repeat the process, steps (2) to (11) until the
additional FLED due to the exposed timber starts to
converge. The process is typically repeated 4 to 7
times until the increase in FLED is less than 5%
between steps.
Once the additional compartment FLED has
stabilized to less than 5% difference between
iterations, the final time-temperature curve for the
compartment, including the exposed timber that will
be consumed has been determined.
Where there is no convergence, the area of exposed
timber has to be reduced, such that convergence can
occur.
A sensitivity assessment is carried out, varying
window area available for ventilation and the initial
FLED, to gain a range of values.
The time-equivalence (FRR compared to a standard
time-temperature curve) for the compartment is
calculated using the Pettersson37 method or the
method from Eurocode 1, Part 1-238, using the final
FLED from above as the input fuel.
If the time-equivalence is more than the required 60
minutes or 120 minutes, then the area of exposed
timber is reduced and the results are re-calculated,
starting from (2) above.

The time-temperature curves are evaluated based on a
published methodology of compartment fire dynamics,
such as those from Buchanan39, the SFPE Handbook of
Fire Protection Engineering40 and Eurocode 1 Part 1-238.
The approach taken has been to develop time-temperature
curves based on all options above and then compare the
differences. The inputs that are required to be agreed with
an AHJ include the initial FLED and the available
compartment ventilation, which can be easily varied. All
inputs require a sensitivity assessment.
The approach described above can be placed into a
spreadsheet, with the results of the first iteration providing
input into the second iteration and so-on. The variance in
time temperature curve can also be plotted to show the
difference in time-temperature curve for each iteration.
5.5 LIMITATIONS AND VALIDATION
The approach described above requires a number of
assumptions and, in turn, contains a number of
limitations. The assumptions are based on providing
conservative outcomes. The method is considered to have
a reasonable degree of accuracy for residential units,

WCTE 2016 e-book | 5769

given the fire research, testing and data available for these
smaller area compartments (typically less than 200m2).
The time-temperature curve development process is fairly
well validated for residential units, with a variety of fuels.
The approaches are considered to be less accurate for
office floors, given the lower amount of fire test data
available for full-scale office floor fires and the influence
of travelling fires41. Also of importance is the assumption
regarding char rate, which can vary through the CLT
section from 0.65mm/min to 1.1mm/min, even under a
standard fire exposure42. Using the varying heat flux
method typically produces charring rates that are much
higher than the typical design value for timber charring,
of 0.65mm/min.

to influence the fire under Scenario 2 can be shown to
extend a fire beyond the 120 minute FRR required.

6 CONCLUSIONS
The US is about to undergo a tall timber building
evolution, with at least two new buildings of ten or more
stories being designed at present and more to be
constructed. There are a number of fire safety issues that
need to be addressed as tall timber buildings become more
prevalent and fire safety boundaries continue to be
pushed. These buildings will come under intense approval
scrutiny, as any new technology should. Details such as
exposed areas of timber, proving fire ratings for
connections, sealing of penetrations and fire risk during
construction will all need to be addressed.

A check of the analysis methods has been carried out
based on the available fire test data, primarily the results
from Medina’s fire testing31. As there is such a limited
number of full-scale fire tests with CLT surfaces exposed,
the validation exercise has been limited. The method has
shown an accuracy in predicting fire duration that is
within 20 to 30% of Medina’s results. A similar
methodology developed using a CFD package is showing
accuracies of within 15% with a single wall exposed.
Further fire tests with a single timber surface exposed will
assist with the validation and improvement of the
methods.

Of most importance though, is the building approval
process to allow tall timber construction, which is highly
reliant on a consultative approach to the fire safety
engineering and an AHJ prepared to examine new
technology. As more timber buildings using products such
as CLT are constructed and the material becomes more
familiar in the US, improvements in the understanding of
fire safety for timber will occur, and potentially, so will
changes within the IBC to allow for greater building
height.

5.6 APPLICATION
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Using the above methods (hand-calculations and CFD
analysis), three fire scenarios are then considered and
include:
1) A scenario with non-combustible linings to all
faces (IBC compliant);
2) A scenario with timber interior finishes to the
walls, ceiling and floor (IBC compliant);
3) A scenario with exposed area of timber.
The analysis detailed above has shown that the additional
fuel from the exposed timber of Scenarios 2 and 3 results
in a compartment fire that has a higher HRR and a fire that
is extended, compared with non-combustible linings
(Scenario 1). The results from a range of residential units
has shown that the amount of exposed timber has an
impact on the fire duration. Calculations have shown that
when one wall is exposed for 50% of the full length, or
the underside or the floor is exposed up to 50% of its area,
the increase in fire duration may still be within 60 minutes
of the required FRR. Also, that the exposed timber
available to influence the fire under Scenario 2 can be
shown to extend a fire beyond the 60 minute FRR
required.
The method for an office floor is based on achieving a 120
minute FRR and the results from assessing Scenario 3
have shown that where an area of the underside of the
floor is exposed and is 30% or less exposed, the fire
duration can still be kept within the required 120 minute
FRR. The calculations for a floor are dependent on the
overall floor area and ventilation available vary
significantly with changing inputs. As with the residential
unit, it has been found that the exposed timber available
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FOUR RESIDENTIAL TOWERS AS CLT TIMBER CONSTRUCTION IN
THE CITY OF MILAN
Andrea Bernasconi1
ABSTRACT: The timber construction of the residential building Via Cenni in Milan (erection 2012-2013) is of course
an ambitious project. But from the point of view of the design of the timber structure with CLT this project is "just" the
application of the actual state of the art. On the other hand it is not very correct to describe this project as "timber
housing"; it is more correct to describe this kind of object as "CLT for engineered large building structure". Large
structures need the discussion and the solution of several not usual questions. The connections on the concrete
foundation, the robustness of the structure, the earthquake design are examples for this. This remarks are just a
contribution to the discussion from the really experience in Milan.
KEYWORDS: multi-storeys, CLT, timber structures for buildings, CLT-Structures, building in the city

1 INTRODUCTION 123
The project of the residential area "via Cenni" in Milan
consists on 4 9-storeys tower-buildings, and 4 longer 2storey buildings. The lower constructions are the
connections buildings between the towers.

Figure 1: Residential quarter in Milan with 3 CLT-towers

The entire project includes 123 residential units and a lot
of others spaces for urban services, for administration
and concierge, for social activities, for garden and public
area. The residential units are part of a new concept of
social housing. The project is realized by Polaris
Investment Italia SGR Spa, in the name and on behalf of
the ethical real estate fund "Abitare Sociale".

1

Andrea Bernasconi, High School for Engineering and

Figure 2: One of the four CLT-Towers in Milan

The buildings of this new residential quarter near to the
San Siro Stadium in Milan were in building during 18
months beginning on January 2012. This project is the
result of a design competition carried out form the
promoter in 2009 with the goal of promoting ongoing
experimentation in innovative approaches to social
housing management. The winner of the competition and
the author of the project is Architect Fabrizio Rossi
Prodi in Florence, Italy.
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This project was created and designed from the
beginning as a timber construction and as a timber
structure with CLT. The raisons for this choice were
given by the interest for innovative solutions and by the
advantages of the CLT construction, so as described
from the project team in the competition project. These
are especially the high safety of the structure and of the
construction, the high level of the comfort of the
residences and the high flexibility by the organization of
the spaces.

important to give attention to the earthquake safety of
the building.
The structural project had to obtain a formal approval
from the highest national building authority. This was
required in Italy before January 2012 for all timber
constructions with more than 4 levels. The author of this
paper had the lead of the project-team, which obtained in
June 2011 the approval from a special commission of
experts.

3 DISCUSSION TOPICS AND
EXPERIECNE FROM THIS OBJECT
3.1 CONCEPTUAL DESIGN

Figure 3: The dimension of the 4 towers

The conceptual design and generally the design of a
building of big dimension have to respect the expectation
of the owner in form of professional makers of the
buildings. Internal check procedures of each step of the
design have to be achieved and passed successful.
Solutions for each question have to be delivered and it is
not possible to delay some answer or solution to the
building site.

The possibility to realize the construction during a short
time and to reduce the risks of a longer time on the
building site, or the possibility to realize with timber a
construction with a high level of insulation, the reduction
of the energy costs for heating in winter and for cooling
in the summer, are other basically reasons for the design
with CLT.

In this case the structural design of the structure was
object of an investigation commission with specialists on
earthquake and on structures for higher residential
building (in concrete). It was necessary to explain, how
timber construction can be designed in order to fulfil the
requested safety - and especially how this big structure
was analysed.

2 THE STRUCTURAL CONCEPT

In order to simplify the work and to have a really chance
to obtain the approval, it was decided to have a simple
concept of the structure and to have clear and easy
solution for the principal structural components. In the
following chapters some of the main topic of the design
concept are shortly explained.

The main structure of the tower is a spatial, three
dimensional structure, composed on CLT decks and
walls. All the CLT panels are continuously connected
together, in order to assure a regular, continuous flow of
the forces and in order to obtain a correct stiffness of the
CLT panel connections. Other structural elements - as
bending beams or columns - are very rarely used and
have just a local structural effect in case of openings in
walls or decks or in case of locally, small irregularity of
the construction. The main timber structure consists
"just" on vertical and horizontal CLT panels, and of
course on the structural connections between the CLT
panels.
The main buildings of the project are the 4 towers, with
9 storeys and ground dimensions 13.6 m x 19.1 m. The
load bearing structure consists on CLT-panels; the
structure can be considered as an important engineered
CLT-structure and had to be designed, calculated and
verified in strongly accordance to the rules and
knowledge of the modern timber engineering and
construction.
Italy is a known earthquake area. The city of Milan and
generally the northern part of Italy are not subject to
strong earthquakes, but earthquake is a very sensible
topic by the authorities as well by the population. So it is

3.2 INTERFACE TIMBER-FOUNDATON
The interface of the timber structure to the foundation is
the connection with the highest forces, but it is a very
delicate interface of the construction too. It must be
assured that this zone are free from water during the
building site - and during the lifetime of the building -,
that the concept are conform with concrete and with
timber construction rules, that a sufficient stiffness and
resistance are given and that the precision of the
execution of the concrete part are acceptable for the
timer part (tolerances and adjustment on building).
The foundation of the tower is given by the one storey
underground building. This part of the construction
contains the car parking places, a lot of technical
equipment (heating, water circulation engines, the place
for a further cooling and/or air circulation equipment,
and other more). A solid concrete deck on the level 0 (at
the natural level of the terrain) is the ground basis for the
timber structure. The concrete building under this level
have to assure the directly continuation of the forces
flow. Interruption of the continuity of the vertical load
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bearing walls was principally not accepted.
Exceptionally cases of an interruption of the concrete
wall under a CLT-timber load-bearing wall were
accepted by short spans, or by short opening in the
concrete walls, with very strong conditions for the
stiffness of the concrete structural elements. In this cases
a maximal deflection ratio of 1/1000 of the effective
opening were imposed and respected by the design of the
concrete.

Figure 4: Principle of the interface CLT-concrete

The interface between the timber construction and the
concrete foundation has to fulfil more, different
requirements. It is of course to assure that the flow of the
forces is not interrupted and that the connections are not
the cause for forces concentrations in the CLT or in the
concrete. But this interface is the food point of the
timber construction and it defines the precision of the
erection of entire timber contraction. Due to the higher
tolerances of the concrete, it is to assure that a
calibration and a correction of the exactly position of the
timber elements can be reached. In other words it is
necessary to develop a construction system, which
permits to adjust the exactly position of the CLT
elements before the CLT-montage.

In order to assure the correct position of the first CLTwall, a completely connection and erection concept was
applied. In this case of the Via Cenni in Milan, the
strong version of this connection was applied, in order to
assure a continuously connection between CLT-Wall and
concrete foundation. In other words, a more or less full
connection with the CLT and the concrete was created.
In addiction, an erection procedure in order to assure an
adjusted position - in order of +/- 2 mm in the vertical
and in the horizontal direction - was applied.
As first step a wall of 50 cm height was erected
corresponding to the position of the CLT-wall-elements.
The concrete wall have the same thickness as the CLT,
in order to assure the continuity of the construction on
the both sides of the structural wall. The anchorage bars
in the concrete are part of the concrete steel
reinforcement and they should be positioned at the same
time as the reinforcement bars of the concrete deck.
Alternatively the design of the anchorage bars has to be
very detailed, in order to assure the full anchorage of the
steel bars in the small concrete wall. Using of a template
(as a steel plate, or a timber panel, or an other material)
assure the exactly position of the anchorage bars in the
horizontal direction. After the hardening of the concrete,
the template can be removed and the steel plates of the
connection can be positioned and adjusted in the vertical
direction. Screwing on both sides of the steel plate
makes this adjustment. A special mortar allows to fulfil
the open space and to finish the concrete erection.
The CLT-Wall can be now positioned on the steel plates.
The CLT-Wall are pre-worked in order to introduce the
vertical steel plate into the CLT. The compression forces
are transmitted by contact compression. So it is
important to assure the full contact between steel and
CLT by the vertical layers of the CLT-Wall. The notches
in the CLT for the final part of the concrete anchorage
bars have to be placed according to the horizontal layers
of the CLT-wall panels. Otherwise the compression
contact area between timber and steel will not be
sufficient and a higher thickness of the walls on the
ground level will be necessary.

Figure 5: The foot of the CLT-structure

The relatively higher level of the deck between ground
leel and level 1, and the requirement to use a small
number of CLT-Elements, imposed to use at the ground
level CLT-wall-elements with standard height and to lift
the lower border of the CLT using a small CLT-wallelement. The requirement to lift the lower level of the
timber form the ground floor should be always applied,
in order to avoid the contact of the CLT-foot-border with
the water on the ground of the building site. So it is
recommended to lift the food of the CLT lower wall at
least 10 to 15 cm from the concrete level. Otherwise the
CLT-Elements will remain during the building time, and
during a lot of days and weeks, under water.

Figure 6: CLT-wall and connection on the concrete
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After the positioning of the CLT-wall, the last step of the
ground connection is given by the dowel connection
between CLT and the central, vertical steel plate. Using
of pre-drilling dowels is probably the easiest solution.
The experience in Milan shows that by an higher number
of bolts it can be interesting to use a semi-automatic
drilling engine to drill several times timber and steel at
the same time. Further the dowel can be introduces
manually into the holes.
Figure 8: Connection line and punctual connection

On a similar way the stiffness in the connection can be
considered. Mechanical connections are never very stiff
and the stiffness of the connections has an important
effect on the internal load and forces distribution. And
the stiffness of the connection is an essential component
of the continuity of the structure. Even if a very small
resistance is required for a connection, the not sufficient
stiffness of the connection will produce a to high
displacement between the connected CLT-panel.

Figure 7: Connection on the CLT-wall with dowel

3.3 CONNECTION OF CLT-ELEMENTS
The connections have to transfer high forces, to assure
the regularity of the structure and of the flow of the
forces; and they have to be easy to realise. Continuously
connections along the borders of the CLT-panels are
needed and the modelling of the structure requires the
consideration of the stiffness of the connections, because
the deformation in the connections is relevant for
modelling and design. Principally two different
connection types [1] were used for the structure, in order
to assure a sufficient resistance and a sufficient stiffness
on the connection lines.
It have to be noticed, that the 3-D structure is given by
the compositions - as the continuity of the resistance and
of the stiffness - of a lot of CLT-panels. In order to
assure a continuity of the CLT-resistance through the
connections, it is necessary to assure a mechanical
performance of the connections similar, or in the best
cases equal, to the mechanical performance of the
connected CLT-panels. Otherwise the connections
represent a lot of weak points of the structure; and weakpoints have to be considered principally as noncontinuity or as non-regularity of the structure.
A simple check of the efficiency of the connection is
possible by the comparison of the mechanical
performance of the connection with the mechanical
performance of the connected CLT-panel. Punctual
connection have a very lower resistance than the
connected CLT-panel, even if strong punctual connector
are used. In addition it have to be considered, that in case
of punctual connections the stress in the timber can be
local very higher.

On this basis it can be recommended, that by exigent
CLT-structures a minimal stiffness of all the connections
can be assured. A possibility to reach this is given by
using of line-connections and by avoiding punctual
connections. The comparison of the connection stiffness
of punctual and of line connections shows clearly that
the stiffness of punctual connection is always very, very
small.
3.4 EARTHQUAKE DESIGN AND MODELLING
The application of the usual design procedure for timber
buildings (with small number of storeys) have to be
checked and discussed for the application to this kind of
multi-storeys structures. The question about the effect of
the ductility - in case of earthquake - of a part of the
connections on the distributions of the forces and on the
different other structural elements is still open. In case of
application of usual ductility rules for timber
construction, it is probably necessary to discuss it.
The ductility of timber structures is given by the steel
connections, and especially by the dowel by shear forces.
Usually a value of q = 2.0 to q = 2.5 is given for CLT
structures, if the conditions for ductility of the
connections are given. But the real impact or effect of
the ductility of one or more connections on building
construction with higher dimensions is probably not very
known.
It seems very important for an accurate earthquake
design to define the effect of the ductility of the
connections on the other structural elements. The
ductility of the connections needs a local high
deformation within the connection or along a connection
line. The compatibility of this deformation with the
elastic and brittle deformation of the CLT-elements is an
open question.
3D CLT structures can be very adequate in case of
earthquake, especially if the basically rules for
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earthquake engineering are respected by the geometry of
the construction. By this project each tower is a singular
building and the conditions of regularity of the structure
in the horizontal and in the vertical direction are strictly
respected. More contributions to the regularity of the
construction are part of the design concept of this
structure. At the first, the vertical load bearing walls are
not interrupted along the entire height of the structure;
opening in the walls reduce the structural dimension of
the wall, and the reduced dimension continue as
reduction for all the upper levels. The dimension of the
structural components were defined respecting the
criteria of regularity: all the walls of each level have the
same thickness; and the thickness of the walls is reduced,
from 200 mm at the ground level, down to 120 on the
top level (level 9). The walls are interrupted by the
decks: the transfer of the compression forces through the
decks is very similar on the entire level. Within each
level, the connections for shear and traction forces are
very similar. On this way the regularity of the stiffness
of the connections is a contribution to the global
regularity of the structure and of the forces flow.
The earthquake risk in the region around Milan is not
very high; other Italy's regions show higher earthquake
risk. But it should be regarded that earthquake is a very
delicate subject by the authorities as well as by the
people. This is the first very large timber project for
residential building in Italy. Therefore it was decided to
avoid the consideration of the inelastic behaviour of the
timber structure: the earthquake analysis was carried out
as elastic analysis. In case of inelastic modelling and in
case of the consideration of the energy dissipation in the
timber structure, by this kind of big structures, it would
be probably necessary to describe the deformations and
the energy dissipation of the different connections. It
would be necessary to describe the distribution of the
forces on the different connections and CLT-elements
depending on the inelastic behaviour. Furthermore it
should be remembered, that the most connections of the
tower are made with axially loaded, self-tapping screws
and the assumption of a brittle failure of this kind of
connection is at this time not recommended.
The CLT-structure of this building was designed on
earthquake without consideration of the ductility effect
of the structure, or simply the elastically behaviour was
considered. The numerical calculation was carried out
with a value of q = 1.0, which represents a smaller value
than the "legal correct value" for structure without
ductility of q = 1.5. The reduction up to 1.0 is of course a
supplementary way to a careful approach to a new field
of application of CLT-structures in big dimensions. The
approval by the national authority seems to confirm this
approach. On the same way, a lot of connections on this
building are dowel-connections, and by all these
connection the design rules for high ductility were
applied and respected. It results a CLT-structure
calculated and verified on earthquake within the elastic
range, but with an effective ductility potential in case of
earthquake or in case of exceptional earthquake outside
form the design rules.

Another results of this earthquake design concept is the
fact, that no damage have to be expected in case of
design earthquake. This is a point of high interest for the
owner and/or for the investor, because in case of
ductility design not just some damages on the structure,
but a lot of damages on the non structural components of
the construction have to be expected an taken into the
account too. Away from the structural considerations,
the owners of big construction are very sensible to the
requirement on maintenance activities and to all the
possible restriction of the use of the building. In this case
the design concept offers a higher safety (elastic
behaviour in case of design earthquake, and safety
reserve in case of exceptionally events), the assurance of
no damage in case of design earthquake and so the
warranty of the immediate and costless serviceability of
the building after a design earthquake.
The earthquake design concept in this case was given by
the structural concept. But in the future it may be of
interest, to take into the account of the economical
design the risk of earthquake damage and the following
maintenance and costs. And may be, the structural
design on ductility with q = 2.0 or q = 2,5 and the
elastically design with q = 1.5 cam be considered under
other point of view.
3.5 DURABILITY AND MAINTENANCE
The durability and the need of maintenance interventions
is one of the interesting questions for the owners of the
building and for the investor. The impact of the facades
on the durability of big timber construction is a question
to be investigated and to be answered, in order to give
basic information for the planers.
During the entire procedure of the design and of the
erection time of the building, the question of the
durability of the timber structures and construction was
object of questions, remarks, and doubts by the owners
and by the investors. It should be considered, that
experiences with this kind of timber constructions are
not existent at this time. And on the same way references
for effective costs for the usual maintenance of this kind
of timber constructions are at this time not existent.
By the building in Milan it was always possible to give and to repeat - the answers to the questions, in order to
give the satisfaction and to explain that the maintenance
of a building with a timber structure is principally a thing
of the maintenance of the façades and of the nonstructural components. And they are not made on timber.
3.6 REQUIREMENT ON ROBUSTNESS
Robustness is a design requirement. But the conditions
to be fulfilled in order to demonstrate the robustness of
the entire structure are not defined. By this project the
requirement of the local collapse of one CLT-wall
without successive collapse of other parts of the structure
was defined, proposed to the authority and finally
successful applied. For this a small number of
connections was reinforced or modified during the final
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design. But an exchange of the experiences and the
applications ways of the robustness is needed for future
buildings.
Robustness is a design requirement in order to assure,
that in case of an exceptionally event, the consequences
for the construction are not disproportionate high.
Robustness is one of the basic requirements for big
structures, especially for residential buildings. By timber
housing it is not usual to give high importance to the
robustness because the small size of the construction. By
very large building the importance of the robustness is
higher and a detailed consideration is needed. In the
Italian codes this requirement is explicitly described and
demands that the design of the structure are able to avoid
important damages due to unforeseen situations. In other
words it is required to prevent progressive collapse in
case of exceptional events.
For this construction it was defined that it must be
possible to lose a wall between two decks and between
two other perpendicular walls, without progressive
collapse of the structure.
The principle of the design of the robustness of this
construction is very simple. It have to be assumed, that a
wall - as a vertical element of the load bearing structure is lost and can't contribute to the load bearing. In this
case it have to be assured, that a progressive collapse of
the construction can be avoided. In other word, the
damage has to remain limited and localised near to the
lost wall.
The loss of a wall element has two consequences. At the
first the continuity of the descent of the forces is
interrupted; and as a second effect, the support for the
upper deck doesn’t more exist, so the deck will fail. To
avoid these two consequences, it have to be assured that
the deck becomes an alternative support and that de
descent of the forces can be assured by alternatives flows
of forces.
The principle to obtain an alternative support for the
deck can be reached by a suspension of the deck on the
upper wall, or on the upper part of the structure. In case
of a continuously wall this is very easy, because the
normal connections used by this building have enough
capacity to assure the suspension of the deck. The
alternative flow of the forces can be assured by using the
upper wall to redistribute the forces on the other
structural components.

It has to be remembered, that in the case of an
exceptional event, according to the reduced partially
safety coefficient, just a reduced residence of the
structural elements has to be verified. By full wall
elements - without interruption and without opening this is not a problem.

Figure 10: Wall with opening as lead bearing element

In case of opening in the walls, or in case of interrupted
walls, the fail of a wall element have to be careful
analysed. By openings, the load capacity of the wall in
case of interruption of the continuity in the vertical
direction can be very low. In this case it is very
important, that the wall can be assumed as one structural
element between two other, perpendicular wall elements.
Therefore it is very important, that interruptions into the
walls are avoided and the walls are made of one CLT
panel. So it is important for the robustness of the
structure, that CLT-panels are not composed of several
small parts, but are - if possible - so long as the distance
between the main vertical components of the structure.
3.7 ERECTION AND BUDILING SITE
The connections of the structural elements have to be
able to absorb the tolerances of the erection of the
construction, but they have to respect the maximal
tolerances for the connections - for example for dowels
with predrilling. It can be recommended, to reduce the
pre-working with high precision at the absolutely
minimum. On the best way, pre-working of the CLT
elements for connections should not affect the precision
of the erection. Adjusted predrilling or predrilling for
adjusted dowels should be avoided.
In case of dowels, self-drilling dowels are a good way to
avoid problems with tolerances. Or, as described
bellows, adjusted holes can be worked during the
erection and after the positioning of the structural
components. Screws connections don't require any preworking of the timber and are very interesting in order to
adjust tolerances during the building.
The discussion about the erection of timber building with
big dimensions has to consider the weather protection
during the building site. In the case of the towers in the
Via Cenni in Milan a concept for the timber protection
was prepared. At the first, the covering of the entire
building site during the erection was excluded, because
to expensive.

Figure 9: Alternative load transfer in case of loss of one wall
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Figure 12: Fire protection on the wall surface
Figure 11: Raw timber construction

Therefore plastic films assure the protection of the top of
the erected walls. On the same way, the exposed timber
surfaces were covered by a plastic film at the week-ends
and in case of exposition longer than 24 hours. All
openings in the walls were closed during the building
time by plastic films. The outside part of the raw timber
construction was partially protected by the scaffolding
and partially by plastic films.

The decision to change the concept of the fire safety was
imposed by the owner, in order to avoid the risk of a
damage of the fire protection.

It has to be remarked; that by so a big building is simply
not possible to avoid that rainwater comes to the timber
elements. The described protection elements are
absolutely necessary, in order to reduce the quantity of
water on the timber to an acceptable level. But it must
be accepted, that water comes to the timber. And so it is
very important to assure the ventilation and the quickly
drying of the timber.
3.8 FIRE SAFTY
By this building the fire safety requirement imposed for
the timber structure overall the requirement of REI60. So
all the structural element has to fulfil this requirement.
The design concept was very easy: all the CLT wall have
to be protected by a double gypsum fire panelling on
both sides. By the decks the panelling was applied only
on the lower side, because on the upper side the floor
construction assure a sufficient fire protection.
All the walls have on both sides an interspace with 40
mm thickness as installation place. In the original
project, this interspace was between the fire protection
panelling and the CLT; so the interspace for the
technical installations was a part of the fire safety. This
is the usual and normally applied solution in timber
building. By the building in the Via Cenni in Milan it
was decided to apply the fire protection panelling - 2
times gypsum fire protection panelling - directly in
contact with the CLT-walls. The interspace for the
technical installations was created outside of the fire
protection, by a third gypsum panel. On this way the fire
protection is positioned at the right place and assure a
directly protection of the timber. From the point of view
of the owner of the building, the installation interspace is
now outside form the fire protection of the structure and
the risk of a damage of the fire protection is near to zero.

Figure 13: Effective, formal and possible fire protection

Finally the effective and formal fire protection of this
building is given by the double fire protection gypsum
panelling. In addiction to this, the third gypsum panel is
of course a partially contribution to a higher fire
resistance. And last but not least is should be remarked,
that the CLT elements can contribute to the fire safety.
So the fire safety of the timber decks of this building can
reach 60 minutes, and the fire resistance of a part of the
walls can reach at least 30 minutes.
The design of the fire safety of this building was not
affected from special conditions for timber
constructions, but it had "just" to fulfil the "normal" fire
safety requirements for 9-storeys buildings.
3.9 COSTS
It is not always simple to compare the costs of a
building. So it seems not correct to give detailed
information about the effective costs of the building. But
it is important to remark, that this project was realised by
a big building investor, based on founding resources. It
was from the beginning of the project of the timber
construction a strictly condition given: the project have
to be realised as a timber construction, but only if the
timber construction is possible without majored costs.
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Therefore it can be assumed, that the costs for this
building with the timber CLT-structure are not higher as
a similar construction with other materials.

4 CONCLUSION
The concept, design and erection of timber residential
building with this dimensions is not usual. A lot of topics
are very different from the normal situation on timber
building. The structural concept and design are an
important part of the challenge, because the normal
procedure to modelling - for example without the
modelling of stiffness of the connections - will give
wrong result. But some other questions have to be
checked carefully. The described topics are just an
overview of the open questions by this kind of projects.
But they are probably the demonstration that the
realisation of timber building with 9 or 10 levels are of
course possible and can be regarded as the state of the
art.
This project shows and confirms that it is well possible
to realize this kind of building with timber and especially
with CLT - as multi storeys building and in a country
with earthquake risk - under the following conditions:
-

the vertical and horizontal regularity of the
construction have to be strictly respected

-

the continuity of the force flow have to be
assured; for this continuously connections on the
edge of the CLT panels are required

-

connections have to be designed with regarding
the stiffness conditions, and not just the resistance

-

the robustness of the construction has to be
considered as an important design principle.

The building of the 4 towers in the Via Cenni in Milan is
an example for the effective performances of this kind of
building.

Figure 14: View of the new quarter of the Via Cenni

5 REFERENCES
[1] Bernasconi A.: Concept and design oft he CLTstructure oft he four residential towers with 9
storeys in the city of Mialn, 2016. Proceeding of the
WCTE 2016

WCTE 2016 e-book | 5779

STRUCTURAL REDUNDANCY IN CROSS LAMINATED TIMBER
BUILDINGS
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ABSTRACT: In high timber structures, cross-laminated timber panels are common structural elements. The wall and
floor panels are typically connected with steel plates, angle brackets, hold-downs, and screws. Based on analytical
research, it seems that panel-to-panel connections give additional stiffness due to structural redundancies resulting from
transversal wall and floor elements. The purpose of this paper is to investigate the effect of structural redundancy of
common CLT wall-to-floor panel configurations on the global system stiffness. As a first phase, a Finite Element (FE)
study is performed to investigate the behavior of a single shear panel subjected to both horizontal and vertical loads. In
this paper, the behavior of the FE model is verified with previous tests results of CLT shear walls. The next phase
presented in the paper outlines future work of a Finite Element study with different CLT wall configurations with
longitudinal and transversal CLT panels connected to each other.
KEYWORDS: System stiffness, FE modelling, Timber shear-walls, Structural Redundancy, Cross-Laminated Timber
(CLT), Steel connection

1 INTRODUCTION 123
Cross-laminated timber (CLT) panels of varying
dimensions, placed in a crosswise manner to each other,
form the typical contemporary high-rise timber building
[1]. CLT as wall and floor panels are typically connected
to each other with steel plates, steel brackets and long
wooden screws, creating a structural system of
interconnected CLT panels that by nature is stiffer than its
individual parts.
Monitoring horizontal deflections of an eight-story CLT
building, situated in the southeast of Norway showed
wind-induced deflections at the top story of less than 0,5
cm [2] which was surprising considering that theoretical
calculations indicated that five times higher deflections
was to be expected.
The small measured deflections raise some questions
about the actual stiffness of high-rise CLT buildings,
indicating that a CLT building is stiffer than what
academics and practitioners alike have previously
thought. Normally, the building stiffness to horizontal
loads are calculated from the amount of shear walls and
their individual stiffness in the wind direction.
However, it seems that panel-to-panel connections gives
additional stiffness due to structural redundancies
resulting from transversal wall and floor elements [3]. A
potential explanation for the “structural redundancy” is
the fact that the lateral stiffness of a typical shear panel in
high-rise CLT buildings is mainly affected by rigid-body
1
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rocking (≈ 80 %) while the contribution from rigid body
translation and panel shear is substantially smaller (≈ 20
%) [3,4].
In practice, the rigid-body rocking of a shear panel is
partially restricted by structural system redundancies
obtained by continuously placed mechanical connections
between timber shear panels and transverse wall- and
floor panels. In addition, the effect of friction between
panels is rarely considered as a factor that increases the
global stiffness of a high-rise CLT building.
Consequently, the aim of this research is to:


plore the e ect o structural re un ancy o
common C
all-to- loor panel con igurations
on the glo al system sti ness
First, a Finite Element study is conducted to investigate
the behavior of a single shear panel subjected to both
horizontal and vertical loads. The Finite Element model is
then calibrated based on results from previous tests of
CLT shear walls. The second step of the paper outlines
future work of a Finite Element study of different
configurations of longitudinal and transversal CLT panels
connected to each other using various types of mechanical
connectors. The investigated configurations are standard
combinations of wall and floor panels typically found in
high-rise CLT buildings, exemplified by an eight-story
CLT building situated in Norway.
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2 CASE STUDY
The eight-story case study building (Figure 1) is located
in the south of Norway. The choice of case study is based
on ease of access to detailed information of the structural
system. Data was collected by reviewing construction
drawing and other relevant documentations, from
observations through site visits, and through open
interviews with designers, building residents and fellow
researchers studying the performance of the building from
different aspects, see e.g. [1,2,5].

Figure 1. e t he ight-story C
uil ing Right
hol - o n steel plates place in the ele ator sha t

Table 1. Case study building characteristics (after [1])

CLT floor panel
CLT roof panel
Wood amount – total
Hold-down steel plates
Shear steel plate
Self-tapping screws
Steel brackets

2.1 Sta ili in syst m
The building has an elevator shaft and a staircase placed
in the center of the floor (Figure 2) that functions as a core
to stiffen the building. The building has a symmetrical
distribution of shear walls (marked as s in Figure 2) that
repeats itself on every floor of the building. A shear wall
is here defined as For our problem as shear wall, we define
a CLT panel that distributes shear forces to adjacent
panels through mechanical connectors (brackets, screws,
etc.) and where hold-downs are arranged in each end of
the panel to balance the uplifting forces due to rigid body
rotation.

uckling o

The case building houses student apartments in eight
floors of similar layout. The basic characteristics of the
building are given in Table 1 below. As all wall and floor
panels are made of CLT (with C24 strength class), the
concept of a “pure CLT building” has a meaning (Table
2). A basic wind velocity of 22 m/s and a characteristic
snow load of 3.5 kN/m2 typifies the geographical location
of the building. The short side of the building is located in
the east-west cardinal direction.

Param t r
Length
Width
Height
Nr. of floors
Rooms / building
Net area / floor
Net area / building
CLT wall panels

Each room has a bedroom and a bathroom. During
assembly of the building, the bathrooms arrived as
prefabricated modules straight from the factory. Platform
framing was the production technique used to assemble
the pre-cut CLT wall and floor panels.

Valu
Unit
23.20
m
15.10
m
23.54
m
8
#
127
#
350.55
m2
2804.4
m2
3 layers – 90 mm
5 layers – 100, 120, 130,
140, 160, 180 mm
5 layers – 180, 220 mm
5 layers – 200 mm
907.62
m3
6225.73
kg
1919
kg
6124
#
≈ 390
#

The building has a rectangular floor plan layout where
each floor is composed of two apartments for handicapped
people, normal student apartments, and a common area
used as kitchen and living room. In total there are 127
student rooms divided evenly between the eight floors.

Figure 2. esignate shear alls s an i enti ication o
re un ant all con igurations C,
igure a ter

The total length of designated shear walls are
approximately 46 m per floor, which equals about one
fourth of the total wall length. Shear forces are being
distributed using shear plates and brackets (Figure 3)
while long steel plates, ranging from the foundation to the
roof, are placed at each end of the designated shear walls
(Figure 3) to resists overturning. However, failing to
consider the cumulative shrinkage perpendicular to the
grain of each floor panel has resulted in an undesired
buckling of the steel plates (Figure 1) [2] which limits the
functionality of the steel plates.

Figure 3. e t hear plate an hol - o n plates ranging rom
the oun ation to the roo Right ncline sel -tapping scre s
an steel rackets llustrations rom
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As rigid body rotation is the significant deformation mode
[1], limiting the rotation of the wall would give a
substantial increase in shear wall stiffness. Therefore, a
redundant wall configuration is defined as a shear wall
that is connected to a perpendicular wall at one (L form)
or both ends (C form). The most significant part of this
definition is that there must be a shear connection (Figure
3) between the shear wall and perpendicular wall(s).
Based on this definition, five C and one L configurations
are identified per floor (Figure 2).

simplifications were made, e.g., floor panels were
assumed to be in-plane rigid, no out-of-plane stiffness
were taken into account for the floor panels, connections
between panels were considered rigid, and the holddowns were not defined in the model [8].

3 CLT SHEAR WALL MODELLING
There are a few different approaches for Finite Element
(FE) modelling of CLT shear walls. Sustersic & Dujic [6]
presented an FE model using shell elements and linear or
nonlinear springs arguing that the stiffness of the shear
wall is based predominantly on the stiffness of the
mechanical connectors. In this case, the connectors can be
brackets or screws. The authors [6] also presented a
simplified FE model that consists of a truss with a
diagonal element where the stiffness of the connectors
where modeled as springs in the corners (Figure 4).

Figure 4. C
hear all right su stitute ith a mo el o a
truss system ith a iagonal le t igure a apte rom

The simplified truss model (Figure 4) should mainly be
used for nonlinear dynamic analysis where the truss,
representing the CLT panel, have high stiffness. Further
simplification of the truss is also presented where the
stiffness of all individual components of the shear wall
(e.g. CLT panel, angle brackets, hold-downs, screws, etc.)
are substituted by a diagonal elements. This final
simplification is, according to the authors [6] more proper
for linear elastic analysis of CLT shear walls.
Flatscher & Schickhofer [7] describes a CLT shear wall
FE model, where the walls were modelled individually as
shell elements. In addition, the connections joining the
CLT panels were modelled as simply supported linear
springs. Similar to the previous author, a simplified beam
model was introduced composed of infinitely stiff
columns and semi-rigid supports representing the shear
wall (Figure 5). Based on this simplified model, the
authors [7] performed a linear modal analysis.
Follesa et al. [8] suggested a 3D numerical model using
shell elements (4-noded, 24 DOF) representing walls and
truss elements (2-noded, 6 DOF) representing the
connections between wall panels. Some model

Figure 5. C shear all right su stitute ith an in initely
sti cantile ere column le t igure a apte rom

Calderoni et al. [9] created a FE model of a three-story
CLT wall. The CLT panels were modeled as shell
elements with an elastic behavior and the connections as
frame elements with non-linear axial behavior. The holddowns were given a non-linear axial behavior in both
tension (steel) and compression (timber crushing). Frame
elements were also used to model non-linear shear
behavior in connection zones. Rinaldin et al. [10] also
represented the CLT shear wall with shell elements given
elastic isotropic properties. The connections were
modeled with nonlinear spring elements.
Although, recent research (see e.g., [5]) has indicated
great potential in improving the stiffness of the CLT panel
itself by changing the panel characteristics (Figure 6),
e.g., board width ( ) and inclining board layers (ϕ), the
above research concludes that the stiffness of the
mechanical connectors governs the behavior of the CLT
shear wall. Therefore, the shell element, representing a
CLT panel with high bending and shear stiffness is a
natural choice. However, for the mechanical connectors
there seems to be no commonly accepted solution.

Figure 6. llustration o parameters a ecting the shear

sti ness o a C

panel

igure a apte

rom
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4 SINGLE SHEAR WALL BEHAVIOUR
The first step in order to investigate the structural
redundancy of CLT buildings is to create a single shear
wall FE model used as a base case. A single wall gives a
better understanding of the CLT shear wall behavior. The
model of the single shear wall is calibrated with test result
to have valid FE model from where to model and analyze
other configurations of CLT shear walls.
4.1 SINGLE SHEAR WALL
A shear wall is a vertical element of the structural system
used to resist against horizontal forces (Figure 7).
Common horizontal forces in a building are, for example,
wind and seismic loads. In addition to the horizontal load,
the shear wall also needs to transfer vertical loads
(gravitational loads) from the above structure, which can
be another floor or the roof of the building. Simple metal
fasteners, connectors and hold-down anchors [4] connect
CLT panels to each other [11].

in the shear wall. One effect is the sliding of the wall and
the other effect is the uplift. These effects can be avoided
by using angle brackets and metal hold-down anchors
attached to the CLT panel on the bottom side. The goal of
the hold-down anchors is to withstand the uplift
associated to the vertical force between panels or
foundation [11]. These connectors are normally
positioned in the corners of the shear wall (Figure 7).
Shear connections (e.g., angle brackets) are mainly
designed to resist panel sliding and to transfer shear forces
but they are actually active in two directions, i.e. they
resist both horizontal and vertical forces [12]. The ability
of the angle brackets to resist vertical load is exemplified
in Figure 8, showing deformed angle brackets after shear
tests of a CLT wall.

Figure 8. llustration o the ertical sti ness o angle rackets

Since the shear wall needs to resist dynamic loads (e.g.,
wind and earthquake), the angle brackets and the holddown anchors need to demonstrate a ductile behavior.
Through the ductile behavior, the shear wall is able to
resist a high dynamic load without deformation leading to
connection and system failure. This is why the non-linear
behavior of the connectors should also be considered in
an FE model studying shear wall redundancy. As the
angle brackets have vertical stiffness, as well as
horizontal, a numerical model must also consider the nonlinearity of the connectors.
Figure 7. Cross-laminate tim er C

shear all

4.2 STIFFNESS OF SINGLE COMPONENTS
Single components for the shear wall are represented by
the following characteristics: geometry, material,
mechanical connectors, effect of vertical load, and the
non-linear behavior of the components. The geometry of
the panel is considered a square with the same height as
length (h=l). The number of layers composing the CLT
panel determines the wall thickness.
Wood has different behavior depending on the grain
orientation (radial, tangential or longitudinal). These
directions refer to the orthotropic behavior of the CLT
panel. The CLT panel is an orthotropic material as it has
different properties in each orientation. However, the
stiffness of the CLT shear wall is not influenced by the
material properties in different directions.
According to Tomasi & Smith (2014) [11] two types of
connections are used corresponding to counter the forces

4.3 EXPERIMENTAL RESULTS
In understanding the behaviour of CLT shear walls,
numerical analysis must be combined with test results to
properly describe its performance. In the following part
one such test experiment is presented based on a single
CLT wall test. According to Tomasi [13] the purpose of
the test is to assess the CLT shear wall behaviour in
different load cases.
For the test, a 3-layered CLT panel was used, with square
geometry (2500x2500 mm2). All of the layers have the
same thickness, together forming a 90 mm thick panel.
For hold-downs, typical steel connectors are used and for
the angle brackets, traditional steel connectors. These
connections were placed just on one side of the wall panel
(asymmetric setup) and connected using regular ring nails
(4x60 mm).
Two different test setups of the bottom connections are
used: a concrete foundation and a wooden floor. In the
course of the testing period, the test arrangements
permitted to apply immediate gravitational force
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(vertical) and displacement (horizontal). The following
units were measured: wall uplift, horizontal displacement
between wall and foundation, in-plane shear
deformations, applied horizontal force, and the
deformation of the hold-downs.
In the following part, experimental test results are
presented based on the research by Tomasi [13]. Figure 9
presents horizontal force vs. deformation diagrams from
two test setups with the same panel configuration and
connectors. The difference between them is the applied
load on the CLT panels. In the first case, the horizontal
load acting on the wall panel (L0-AB200-HD620). The
second case has, in addition to the horizontal load, a
constant vertical load acting on the wall panel (L20AB200-HD620). The vertical load was applied constant
during the whole experiment.

prevents the sliding of the panel resulting from the
horizontal load acting on the wall panel. Figure 10
presents the basics of the FE model. To stop the wall panel
penetrating into the floor panel, a pinned support is
proposed in the lower right corner. If the support is not
used, than a very stiff element needs to be defined, that
will have the same function to block the penetration.

Figure 10. llustration o numerical mo el ith C
panel,
hol - o ns
, angel rackets
an applie loa s

Figure 9. orce-- e ormation cur es or shear all ith applie
hori ontal loa
an hori ontal ertical
loa
-

4.4 CLT SHEAR WALL NUMERICAL MODEL
According to the previous sections, the first step in
understanding the structural redundancy of CLT
structures is to create a numerical model of a single CLT
shear wall (base case). A numerical model of the tested
wall (Figure 9) is created based on previous research and
experimental test results in order to verify the behavior of
the model. This step is important because further
modelling will be based on this case. As base case, a
single shear wall connected at the bottom of the CLT
panel is studied. This model is a 2-dimensional (2D)
simplified version of the wall.
In this case, the vertical CLT panel is modelled as a thick
shell element with boundary conditions on the bottom.
These boundary conditions are influenced by the
connections used to transfer the loads through the panel to
the floor/foundation. As connections, link elements are
used in the model. These link elements can have nonlinear compression and tension behavior, or both. Two
main types of connectors are distinguished; the holddown and the angle bracket. The hold-down (HD) stops
the uplift of the panel, while the angle bracket (AB)

As shown in Figure 10, for the hold-downs (HD) vertical
stiffness is considered and for the angle bracket (AB) both
vertical and horizontal stiffness is taken into account in
the model. The HD and AB properties match the steel
connector properties that were used in the test [13]. In
Table 2, the main characteristics of the connectors are
presented. More precisely, in the model the following
notation is used; HD 620 for the hold-down connectors
and AB200 for the angle bracket.
Table 2. Characteristics o angle rackets
hol - o ns
ata o taine rom

Ty
h
t

An l ra
AB 200
200 mm
100 mm
3 mm

t

an

Hold do n
HD 620
80 mm
620 mm
3 mm

In total, the model is built up by two HD link elements
and three AB link elements. Based on the theoretical study
[3, 4] the shear wall is mainly affected by rigid-body
rotation, as an effect from the horizontal load. To stop this
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rotation, and to block the wall penetration into the floor
panel/foundation, on the bottom of the wall panel,
between the previously presented connections (AB, HD)
one more element is defined. This is also a link element,
named gap, for which a very high stiffness is defined, that
stops the wall from penetrating into the floor (Figure 11).
HD

Ga

AB

AB

Ga

Ga

is part of the shell element forming the wall panel and the
other is a fixed node illustrating the foundation/floor
(Figure 12). Between the connections, a gap link element
is added to make sure that the wall panel does not
penetrate the floor.

HD

AB

Ga

Figure 11. llustration o ink elements hol - o ns
, angel rackets
an gap elements
The shell element is defined from the characteristics of the
CLT wall use in experimental test [13]. The model is a
simplified version of the wall as the CLT panel’s layers
are not modeled. Material properties used in the FE model
is orthotropic properties characterized by the timber
strength class (C24) and the timber characteristics
(thickness-layers, grain direction). The main orthotropic
material properties defined are the modulus of elasticity,
shear modulus and Poisson’s ratio.
Loads considered in the model are also corresponding
with the test loads applied on the wall; a vertical (q)
uniformly distributed load on the top and a horizontal (F)
force applied on the upper-left corner of the wall. The
main characteristics for modelling of the CLT shear wall
are summarized in Table 3.
Table 3. ummary o C
or mo elling

shear all characteristics use

CLT PANEL
G om try mm
Length
2500
Height
2500
Thick
90 – 3 layers
Mat rial ro rti s
Type
Orthotropic
Class
C24
Eo,mean
11 [kN/mm2]
E90,mean 0.37[kN/mm2]
G
0.69 [kN/mm2]
Poisson
0.2
Density
480 [kg/m3]

CONNECTORS
Conn tor ty
Hold-down
HD620
Angle bracket
AB200
Nails
4x60 mm
HD nails [#]
52 pcs
AB nails [#]
30 pcs
LOADS N m
q-vertical
constant
own weight
constant
F-horizontal
irregular
q value
0
q value
20

The mesh size used in the numerical model does not
particularly affects the results [10]. In the process of
creating the mesh also the position of the connectors has
to be considered, because the goal is to accurately position
the connections as close as possible to the test
experiments. Based on this, a common mesh size is
created that leads to uniform sized shell elements
organizing the wall panel (Figure 12).
The link elements that substitute the connections are
connecting two nodes at the bottom of the wall. One node

Figure 12. llustration o the numerical mo el compose o shell
an link elements

4.

NUMERICAL MODEL ANALYSIS

The model explained in Figure 12, is created with the FE
software SAP2000. In the analysis of the shear wall, the
following contributions are taken into account: effect of
the horizontal load, effect of the constant vertical load,
stiffness characteristic for the AB (vertical stiffness U1,
horizontal stiffness U2 or both), HD vertical stiffness
(U1) characteristic. Combinations of these are also
investigated. The load effect is noted with the following
specification, L represents the increasing horizontal load
while the number 0 and 20 represents a constant vertical
load value. The flowing cases are analysed:


L0–AB(U2)–HD(U1)



L0–AB(U1, U2)–HD(U1)



L20–AB–(U2) –HD(U1)



L20–AB(U1, U2)–HD(U1).

As the effect of the vertical load has not been properly
investigated before [4], the application of the vertical load
is of high interest in this analysis. Before the analysis is
performed, the first step is to create the geometry, assign
characteristics for the components, joint restrains, define
loads and load cases acting on the shear wall. The next
step is then to run the analysis and present the results to
verified it with test results.

RESULTS AND ANALYSIS
Figure 13 illustrates an example of a deformed shape of
the CLT shear wall after analysis. The deformed shape is
as one would expect the shear wall to behave loaded by a
horizontal force in the upper left corner. In the previous
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section the role of different link elements was presented.
From the deformed shape presented in Figure 13, it is
apparent that the link elements are activated and behave
as expected as an elongation can be observed in both the
hold-downs and angle brackets. In addition, the gap
elements behave as intended as no penetration of the floor
can be observed.

numerical model and the corresponding test results for
increasing horizontal load.

Figure 15. Comparison et een e perimental an numerical
mo elling results ithout any a ition o ertical loa s

Figure 13. llustration o the e orme shape o the C
all a ter analysis

shear

Not just the deformations are as one would expected. In
addition, the shear stresses have an anticipated
distribution with stress concentrations evident around the
location of the hold-downs and angle-brackets that are
more intense than in other parts of the wall (Figure 14).

Figure 14. llustration o stress concentrations at the location
o the hol - o ns an angle rackets

The accuracy of the model is evaluated by comparing the
numerical results to the experimental ones (refer to Figure
9). Figure 15 presents results from analysis of the four
load/stiffness cases and a comparison between the

In this case, the effect of the vertical load is not included.
However, a variation of the wall capacity can be observed
between the model results with and without the inclusion
of the vertical stiffness of the angle brackets. If the
vertical stiffness of the angel brackets are considered, the
wall capacity is higher than in the case when just the
horizontal stiffness is included in the model. However, the
elastic stiffness of the shear wall with and without adding
the vertical stiffness for the angle brackets remain
approximately the same, a result supported by result from
the analysis of the shear wall with added vertical loads
(Figure 16).

Figure 16. Comparison et een e perimental an numerical
mo elling results ith a e ertical loa

In this case (Figure 16), the inclusion of the vertical
stiffness for the angle brackets lead to an increased
capacity for the wall. What can also be observed from the
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results in Figure 16 is that there is a clear effect of the
vertical load, i.e. the wall capacity (maximum force) is
higher than it is in the previous case (Figure 15).

CONCLUSION AND DISCUSSION
This paper presents a FE numerical model of a CLT single
shear wall. The analysis highlights how individual
components of the shear wall affect its behavior. For
example, the vertical load acting on the shear wall, lead to
higher wall capacity. In addition, the stiffness of the
connector has a strong influence on the results. If the
angle bracket is considered activated in both horizontal
shear and vertical tension then the shear wall will behave
more stiff and have a higher maximum capacity.
The results presented in this paper have indicated the
applicability of the FE model for a single shear wall. In
the next step, the proposed FE model will be used to
evaluate the structural redundancy of typical wall-to-floor
configurations in multi-story CLT buildings. Based on the
case study and floorplan in Figure 2, five typical wall-tofloor panel configurations are proposed (Table 4) as future
work.
The first model (0) consists of a single panel connected to
the foundation and loaded in shear – the base case
validated in this paper. The remaining configurations
have additional panels connected on different sides. For
example, the T model has two additional boundaries connection to a transversal wall panel and a floor panel.
Table 4: Wall configuration for redundancy investigation

Mod l

Con i uration

Pan l

Boundary

1 wall

1 side

T

2 walls
1 floor

3 sides

I

3 walls
1 floor

4 sides

C

3 walls
1 floor

4 sides

L

2 walls
1 floor

3 sides
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ASSESSMENT OF DYNAMIC CHARACTERISTICS OF MULTISTOREY TIMBER BUILDINGS
Johannes Hummel1, Werner Seim2
ABSTRACT: This paper discusses the impact of the natural frequency of multi-storey timber structures, focusing on
force-based seismic design. Simplified approaches to determine the frequency of light-frame and cross-laminated
timber structures are investigated. How stiffness parameters for simple two-dimensional analysis models can be derived
from the different contributions of deformation are demonstrated. Based on findings from a parametric study,
recommendations are given for the determination of the natural frequency of timber buildings up to eight storeys.
Effects of higher modes will also be discussed with reference to the response spectrum method.
KEYWORDS: force-based seismic design, natural frequency, fundamental period, mass, stiffness, light-frame, CLT

1 INTRODUCTION12
Fundamental dynamic characteristics must be
determined for the seismic design of multi-storey timber
structures by means of the response spectrum method
[1].
In this context, the most relevant parameter is the Eigen
frequency f, respectively, the Eigen period T in addition
to the behavior factor q. This paper focuses on the Eigen
frequencies of multi-storey timber structures.
We refer to relevant literature regarding the behavior
factor q, e.g. [2],[3].

Figure 1: Response spectrum and range of period,
respectively, frequency for different building
heights
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Timber structures with one to three storeys exhibit in
most cases a natural frequency, which lies mainly on the
plateau of the response spectrum (domain 2, see Fig. 1).
The frequency was found by analytical and experimental
investigations [4]-[8]. This indicates that the seismic
action of low-rise buildings is less sensitive to the
structural period.
On the other hand, the determination of the Eigen
frequency is decisive for timber structures with four or
more storeys. Here, the determination of the period
basically dominates the seismic forces.
Different methods to determine the period of multistorey timber buildings were discussed by SEIM ET AL.
[5] and others [11]. In addition to a full modal analysis,
the RAYLEIGH method [12] seems to be applicable for
timber structures up to a certain height (see section 2.2).
Comparatively simple two-dimensional (2D) analysis
models will be related to more realistic threedimensional (3D) analysis models in this paper. Full 3D
modal analyses will be used to check the performance of
simplified 2D models and to illustrate the effect of
higher modes and the 3D interaction between walls and
slabs.
In both cases, it is necessary to define stiffness
parameters which reproduce different contributions to
the overall deformation of the lateral load resisting
system. Which contributions are decisive to predict the
period in sufficient accuracy will be demonstrated.
Stiffness parameters will be determined systematically
for the light-frame and cross-laminated timber (CLT)
construction types.
A reference structure was defined as a basis for this
study and to develop the analysis model (see section 4).
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2 ANALYSIS METHODS
If specific requirements concerning the regularity of the
building in plan and in elevation are fulfilled, then the
simplified response spectrum method can be applied [1]
for seismic design. While the (full) modal response
spectrum method incorporates all relevant modes of
vibration, the simplified response spectrum method –
also known as the lateral force method – only considers
the first mode.

respectively, at each floor level i. Structural masses are
applied as lumped masses, as illustrated in Figure 2. The
deflections ui are calculated by a simple linear static
analysis for equivalent lateral forces RFi. The equivalent
lateral forces are defined as the product of mass mi and
the gravity constant g (RFi = mi ⋅ g).

2.1 MULTIMODAL ANALYSIS
The response spectrum method which considers the
contribution of multiple modes of vibration to determine
the component forces for seismic design follows the
subsequent basic steps:






mass and stiffness for 2D or 3D discretization of
the building structure with realistic assumptions,
computing periods Ti for modes i in global x- and ydirection by means of simplified calculation
methods or modal analyses,
reading the spectral acceleration from the response
spectrum for each mode i,
determining component forces for each mode, and
combining component forces.

Eurocode (EC) 8 [1] provides information on how many
modes have to be considered. The number of relevant
modes depends on the contribution of masses. Most
common finite element software is currently able to
perform full modal analyses. Such programs support the
combination of component forces directly. Torsional
modes as a reason for eccentricities can be considered if
a 3D analysis model is used (see section 5.2). In this
context, the challenge does not lay in the calculation
procedure, but in the realistic discretization of the 3D
structure.
2.2 SIMPLIFIED ANALYSIS FOR MDOF
SYSTEMS
If torsional and higher mode effects can be excluded,
then the lateral force method can be applied in
combination with a simple 2D analysis model (see Fig.
2). As the distribution of mass and stiffness dominates
the structural period, the simplified model must reflect
the basic characteristics of the real structure. To simplify
the structure, a fundamental requirement is that the
center of stiffness and masses are nearly on the same
vertical line over the building height. Eurocode 8 [1]
contains specific criteria for structural regularities. The
reference building (see section 4) fulfils the criteria.
If the distribution of stiffness and mass is known, the
fundamental period T1 and the natural frequency f1 of
timber structures can be determined by means of the
RAYLEIGH method:
T1  2  

n

n

mi  ui2 RFi  ui
i 1

i 1

,

f1 

1
T1

(1)

The parameters mi, ui and RFi stand for mass, horizontal
deformation
and
equivalent
horizontal
force,

Figure 2: Generalized model of a multi-mass oscillator for
application of the RAYLEIGH method

The determination of stiffness properties, which are
required to calculate the deflections ui, is explained in
section 3.

3 MASS, STIFFNESS PROPERTIES AND
FLEXIBILITIES
Floor and roof slabs are significantly heavier than wall
assemblies due to the requirements of the building
construction and building physics of common
multistorey timber buildings. Therefore, it is a
reasonable simplification for timber structures to
concentrate structural masses at the floor level. Masses
of the walls are assigned to each slab, as shown in Figure
2. The full dead load and a share of the live loads –
quasi-permanent gravity loads – are taken into account to
determine structural masses.
Eurocode 8 [1] gives basic guidance for the
determination of stiffness with reference to seismic
design, such as the slip in the joints of the structure shall
be taken into account. The definition of an appropriate
stiffness aiming at the calculation of the natural
frequency was discussed by SEIM ET AL. [5],[10].
Four deformation shapes related to EI, GA, Kφ and Ks
can generally be distinguished for a beam element; see
Figure 3 and Equations (Eqs.) (2) to (5).

(a)

(b)

(c)

Figure 3: Relation between stiffness and deformation
characteristics

(d)
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The different contributions of deformation of timber
shear walls (see section 3.1 and 3.2) must be traced back
to these four basic cases. Which assignment might be
convenient to predict the natural frequency is studied in
section 5.

EI 

F  h3
3  uEI

(2)

Four out of these five deformations are illustrated in
Figure 4. The sliding of the wall element due to the slip
of shear anchoring is comparable to the sliding of CLT
elements (see section 3.2).
Several codes and standards (e.g. [13],[14],[15]) provide
formulae to determine the different deformation
contributions for light-frame constructions.
3.2 CLT WALL

F h
GA 
uGA

(3)

F  h2
K 
u ,inst

(4)

K s  F us

(5)

The parameters F and h are the lateral load and the
height of the structural member considered, respectively.
The displacement parameters uEI, uGA, uφ and us
correspond to the four types of deflection which are
bending, shear, rotation and slip, respectively.
3.1 LIGHT-FRAME WALL

Four main contributions to deflection for loading inplane can be distinguished for CLT wall elements:
 bending deformation of the CLT element uEI,
 shear deformation of the CLT element uGA,
 rotation (rocking) due to contact and tensile
anchoring uφ, and
 slip of shear anchoring us.
The CLT can be considered as a solid material with
effective stiffness properties for bending and shear.
However, the deformation of the CLT element is very
low in comparison to the contributions rotation and slip,
see e.g. [16]. This indicates that the flexibility of the
anchoring of the CLT wall element dominates overall
deformation.

As light-frame wall elements are composed of different
parts (see Fig. 7a), the deformation of each part
contributes to the overall deformation of the wall
element.

(a)

(a)

(b)

(c)

(d)

(b)

Figure 5: Deformation contributions of CLT walls

Analytical models based on mechanical principles are
capable of predicting the load displacement
characteristics of anchored CLT wall elements, see e.g.
[9],[10].
(c)

(d)

Figure 4: Deformation contributions of light-frame walls

The following five contributions can be distinguished:





slip of fasteners joining sheathing and frame uK,
shear deformation of sheathing uG,
axial deformation of studs uE,
compression in the contact zone between stud and
plate and slip of the tensile anchoring uφ, and
 slip of shear anchoring us.

4 REFERENCE STRUCTURE
In order to carry out a parametric study on multistorey
timber structures (see section 5), reference structures
were defined. Aspects of regularity were considered in
the formation of the building. The reference structures
were developed in accordance with FEMA 695 [17] and
requirements of the building’s physics, fire safety and
usage with respect to gravity loads, respectively,
structural masses were fulfilled. The dimensions are
oriented towards common modular dimensions. The
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proposed floor plan might be a simple representation of a
town house (see Fig. 6). The number of storeys varied
from four to eight. All relevant parameters of the
reference structures are summarized in Table 1.

Sufficient strength of the sheathing is provided. The
cross-section of the CLT elements was designed for
lateral and vertical loads.

Basic requirements of EC 8 [1] to exclude P-Δ-effects
have been considered in the design. This leads to a value
for the total shear in each storey i of

Vtot  10  Ptot  dr /h

(6)

and the total gravity load Ptot of each storey was limited
to dr/h = 2 %.
(a)

(b)

Figure 7: Reference walls: (a) light-frame and (b) CLT

Slabs were designed based on the service limit state.
Data for the slabs are required for 3D modeling.

5 PARAMETRIC STUDY
The parametric study aims for a comparison of 2D and
3D analysis models. The analysis models were
implemented based on the definitions as documented in
section 4. The quasi-permanent gravity loads were
applied to determine the masses m according to Eq. (7).

m  (Gk +0.3  Qk )/ g

Figure 6: Floor plan of the reference structure

Gk and Qk stand for the dead load and live load,
respectively. The gravity constant g was taken into
account at 9.81 m/s².

Table 1: Data of the reference structure
Dimensions
length in X-direction
length in Y-direction
storey height
Number of storeys
Number of walls × wall length
in X-direction
in Y-direction
Gravity loads
dead load roof slab
dead load floor slab
live load floor slab
dead load walls

4
6×
2×
TF*
1.0
2.4
1.5
1.0

(7)

12.50 m
7.50 m
2.75 m
6
8
2.50
7.50
CLT
1.0
3.0
1.5
1.5

m
m
kN/m²
kN/m²
kN/m²
kN/m²

* light-frame (timber-frame)

The lateral loads have been applied to design the shear
walls. The wall elements depicted in Figure 7 were taken
as reference for the design of shear walls. The wall
length was adapted for longer walls. The wall height h is
the storey height deducting the thickness of the floor
slab. Shear walls were anchored with hold-downs and
angle brackets. The number of connectors was
determined for the lateral loads applied under
consideration of the full dead load.
The cross-section of the members of the timber frame
(studs and rails) was designed for tensile and
compression loads in the outer studs. The spacing of
fasteners was adapted depending on the storey shear.

5.1 EQUIVALENT 2D MODEL
The study on 2D models focuses on the application of
the RAYLEIGH method. In this context, the determination
of appropriate stiffness parameters with respect to
different combinations of deformations based on the
definitions in section 3 is essential.
The combinations as considered in this study are
summarized in Tables 2 and 3. Here, the specific
contributions of deflection of light-frame and CLT wall
elements were assigned to the four types of deflection.
Five variants were considered for each construction type,
whereas variant V1 represents the reference variant. The
stiffness properties of a single shear wall are then
calculated by means of Eqs. (2) to (5).
The flexibility of the connection for all calculations was
taken into account by the slip modulus Ku.
The number of deformation modes was reduced one by
one from variants V1 to V5. Thereby, it was presumed
that the overall deformation is dominated by shear
deformations. Some oversimplified variants – V4 and V5
for light-frame and V5 for CLT – were included to show
the impact of inadequate assignment of deflections.
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Table 2: Deformation contributions for light-frame

V1
V2
V3
V4
V5

Assignment of deflections
uEI = uE
uGA = uG + uK
uφ = uφ,TF
us = us,TF
uEI = uE
uGA = uG + uK + us,TF
uφ = uφ,TF
uEI = uE + uφ,TF
uGA = uG + uK + us,TF
uEI = uE + uG + uK + uφ,TF + us,TF
uGA = uE + uG + uK + uφ,TF + us,TF

Parameters
EI GA
Kφ
Ks
EI GA
Kφ
EI GA
EI
GA

Table 3: Deformation contributions for CLT

V1
V2
V3
V4
V5

Assignment of deflections
uEI = uEI,CLT
uGA = uGA,CLT
uφ = uφ,CLT
us = us,CLT
uEI = uEI,CLT
uGA = uGA,CLT + us,CLT
uφ = uφ,CLT
uEI = uEI,CLT + uφ,CLT uGA = uGA,CLT + us,CLT
uφ = uφ,CLT
uGA = uGA,CLT + us,CLT
uGA = uE + uG + uK + uφ,TF + us,TF

Parameters
EI GA
Kφ
Ks
EI GA
Kφ
EI GA
Kφ GA
GA

The reference structures with four, six and eight storeys
are represented as multi-mass oscillator, as shown in
Figure 2. The corresponding lumped masses and lateral
loads are presented in Table 4.
Table 4: Lumped masses mi and lateral loads RFi for the 2D
MDOF system
Lumped masses (to) Lateral loads* (kN)
Level of
TF
CLT
TF
CLT
roof slab
13.8
15.9
135
156
floor slab
35.6
45.6
349
447
* RFi = mi ⋅ g (equivalent loads for the RAYLEIGH method)

The reference structure must be transferred to a plane
MDOF system, as depicted in Figure 8, to be able to
perform the parametric study on the simple multi-mass
oscillator. Here, it is assumed that the shear walls are
cantilever beams which are rigidly coupled by the floor
slab. The stiffness of the cantilever beam was
determined storey-wise by means of Eqs. (8) to (11) for
the X- and Y-direction (see Fig. 8).
EI   EI wall ,i

(8)

GA   GAwall ,i

(9)

K   K , wall ,i

(10)

K s   K s, wall ,i

(11)

It should be noted that such a simplified analysis model
does not allow one to consider the interaction between
perpendicular walls and walls and slabs. Effects of 3D
interaction will be discussed in section 5.2.

Figure 8: Transfer of the reference structure towards the
simplified analysis model, here a four-storey
building

The first Eigen frequency is determined according to
RAYLEIGH with Eq. (1). The lateral displacements ui can
be computed with a linear static analysis. However, the
analysis software must be able to consider shear
deformations. In this study, the commercial computer
software RFEM [18] has been used to determine the
displacements ui for each variant of combination, V1 to
V5, separately for X-and Y-direction. Masses mi have
been transferred to equivalent lateral loads RFi as
defined in section 2.2 (see Table 4). Exemplarily, the
MDOF system for the six-storey building is depicted in
Figure 13a.
The frequencies calculated are summarized in Table 5
for the X-direction and in Table 6 for the Y-direction.
Table 5: RAYLEIGH frequencies (in Hz) for X-direction
Number
of storeys
Light-frame
4
6
8
CLT
4
6
8

V1

V2

Variants
V3

V4

V5

1.17
0.70
0.46

1.14
0.69
0.45

1.04
0.60
0.39

0.47
0.24
0.16

1.42
1.13
0.99

1.35
0.70
0.46

1.26
0.67
0.45

0.98
0.50
0.34

1.41
0.80
0.59

2.29
1.66
1.37

Table 6: RAYLEIGH frequencies (in Hz) for Y-direction
Number
of storeys
Light-frame
4
6
8
CLT
4
6
8

V1

V2

Variants
V3

V4

V5

0.82
0.43
0.25

0.91
0.43
0.25

0.72
0.39
0.23

0.42
0.21
0.14

1.36
1.07
0.97

3.29
1.81
1.21

2.19
1.42
1.05

1.95
1.19
0.85

2.27
1.54
1.22

2.54
1.89
1.62

The ‘RAYLEIGH frequencies’ were compared with the
frequencies obtained by full modal analysis. The
deviation of the first frequency (f1) of the two methods is
illustrated in Figures 9 to 12. It shows that the RAYLEIGH
method yields excellent results for different types for
multistorey timber structures. The deviation over all 60
values is between 0.5 and 11 % and is, on average, 2 %.
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Furthermore, the results show that the simplifications V4
and V5 do not represent the system behavior for the
light-frame construction sufficiently. By contrast, the
frequencies calculated for V2 and V3 show that the
Eigen frequency is hardly affected if the displacement us
is assigned to a shear deformation uGA. The assignment
of uφ towards a bending deformation uEI (combination
V3) leads to a slight underestimation of the frequency
compared to V1.

Figure 11: Comparison of the natural frequency according to
RAYLEIGH and modal analysis for CLT construction
in the X-direction

Figure 9: Comparison of the natural frequency according to
RAYLEIGH and modal analysis for light-frame
construction in the X-direction

Figure 12: Comparison of the natural frequency according to
RAYLEIGH and modal analysis for CLT construction
in the Y-direction

All in all, the variants V2 and V3 seems to be promising
simplifications for the light-frame construction. It
appears that all contributions of deformation should be
considered separately for the CLT construction.

Figure 10: Comparison of the natural frequency according to
RAYLEIGH and modal analysis for light-frame
construction in the Y-direction

While for the CLT construction the definitions for V2
and V4 leads to similar results compared to V1, V3 and
V5 do not reproduce the system behavior with sufficient
accuracy.
The natural frequencies are underestimated by V3 and
overestimated by V5 significantly in most cases. V2
underpredicts and V4 overpredicts the natural
frequencies in some cases, but the differences are
comparatively small. Only the combinations V2 to V4
do not really match the frequency of V1 for the fourstorey building in Y-direction. The different behavior in
the X- and Y-direction is caused by the different wall
length (see section 4).

(a)

(b)

Figure 13: Eight-storey 2D analysis model (V1) for CLT in the
X-direction; (a) lateral loads (RAYLEIGH) and
deformation shape and (b) mode shapes of mode 1
to 3

WCTE 2016 e-book | 5793

The frequencies of the relevant Eigen modes for the
combinations V1 to V3 for the light-frame construction
and the combinations V1, V2 and V4 for the CLT
construction for evaluation of higher mode effects and
comparison with results from three-dimensional analyses
are documented in Tables 7 and 8, together with modal
mass factor α. The mode shapes of the first three modes
which were obtained by modal analysis of the 2D model
of the eight-storey CLT building in the X-direction are
depicted in Figure 13b, exemplarily.
Here, the number of modes can be limited to three
according to EC 8 [1], because 90 % of the total mass is
taken into account by three modes. The contribution of
mass of each mode can be represented by the modal
mass factor α.
Table 7: Eigen frequencies and modal mass factors from 2D
modal analysis – light-frame, variants V1 to V3
V1
Mode
f (Hz) α (-)
No.
4 storeys, X-direction
1
1.14
0.69
2
2.45
0.15
3
4.28
0.12
4 storeys, Y-direction
1
0.81
0.70
2
2.37
0.15
3
4.00
0.11
8 storeys, X-direction
1
0.45
0.67
2
1.76
0.16
3
2.74
0.07
8 storeys, Y-direction
1
0.25
0.66
2
1.31
0.20
3
2.94
0.07

V2
f (Hz) α (-)

V3
f (Hz) α (-)

1.11
2.39
4.09

0.70
0.15
0.11

1.02
2.36
4.04

0.68
0.15
0.12

0.91
4.10
-

0.70
0.20
-

0.71
2.19
3.70

0.68
0.16
0.11

0.45
1.71
2.66

0.67
0.17
0.06

0.38
1.57
2.58

0.66
0.18
0.06

0.24
1.12
2.97

0.64
0.21
0.10

0.23
1.17
2.62

0.65
0.20
0.07

models were implemented with shell elements for walls
and slabs and discrete springs to represent connections.
In order to represent the orthotropic load-bearing
behavior of walls and slabs, the stiffness properties were
defined directly by setting the components of the
stiffness matrix. In a previous step, the stiffness values
of the stiffness matrix were computed for in-plane and
out-of-plane action for light-frame and CLT elements.
The inherent flexibilities of light-frame element (see
section 3.1) were considered in the determination of the
entries of the stiffness matrix. The effective stiffness
properties in each direction for the CLT element were
taken into account (see e.g. [4]). Shell and spring
elements are elastic. The same flexibilities of the
connectors which were used to set up the 2D models
were taken as input values for the discrete springs. As
presumed for the 2D analysis models, no flexibilities
between slab and lower wall was included. Threedimensional analysis models with four and eight storeys
have been developed for light-frame and CLT (see Fig.
14).

Table 8: Eigen frequencies and modal mass factors from 2D
modal analysis – CLT, variants V1, V2 and V4
V1
Mode
f (Hz) α (-)
No.
4 storeys, X-direction
1
1.35
0.72
2
6.52
0.22
3
4 storeys, Y-direction
1
3.29
0.81
2
12.36 0.16
3
8 storeys, X-direction
1
0.48
0.66
2
2.50
0.21
3
5.91
0.07
8 storeys, Y-direction
1
1.21
0.69
2
4.76
0.21
3
9.64
0.07

V2
f (Hz) α (-)

V4
f (Hz) α (-)

1.26
5.10
-

0.72
0.19
-

1.41
5.39
-

0.72
0.18
-

2.19
4.56
7.69

0.70
0.11
0.10

2.27
4.58
7.73

0.70
0.11
0.10

0.47
2.26
4.79

0.66
0.20
0.07

0.65
2.67
5.28

0.67
0.19
0.06

1.05
3.19
6.86

0.69
0.15
0.05

1.22
3.29
4.89

0.70
0.14
0.06

5.2 THREE-DIMENSIONAL MODEL
5.2.1 Discritization and Implementation
Analyses on 3D models were performed in order to
validate the results of the 2D analyses. The 3D analysis

Figure 14: 3D analysis model, for a four-storey building

In contrast to the 2D model, structural masses are
uniformly distributed.
5.2.2 Eigen frequencies and higher mode effects
Full modal analyses were carried out to obtain
frequencies and modal mass factors. The results of the
modal analyses are summarized in Table 9.
The “90 % total mass rule” was again applied to
determine the required number of modes again. A
maximum of three modes were required.
In addition to the modal analysis, the RAYLEIGH method
was also applied within the 3D analysis. The ‘RAYLEIGH
frequencies’ of the 3D analysis are taken as references
for comparison with the 2D analysis.
The natural frequencies f1 obtained by the full modal
analysis and the RAYLEIGH method are compared in
Figure 15.
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Table 9: Results from the modal analyses of the 3D analysis
models
TF
f (Hz)
4 storeys, X-direction
1
0.83
2
1.90
3
2.94
4 storeys, Y-direction
1
0.95
2
2.55
3
8 storeys, X-direction
1
0.37
2
1.16
3
1.87
8 storeys, Y-direction
1
0.55
2
1.45
3
Mode No.

CLT

α (-)

f (Hz)

α (-)

0.73
0.15
0.07

2.00
6.35
9.17

0.72
0.16
0.04

0.86
0.10
-

2.57
5.10
7.71

0.69
0.11
0.10

0.66
0.19
0.06

0.80
2.94
5.65

0.66
0.18
0.06

0.75
0.16
-

1.40
3.51
5.03

0.69
0.12
0.06

Figure 15 shows that the RAYLEIGH method yields lower
natural frequencies than the modal analysis. It must be
noted that lumped masses are taken into account within
the RAYLEIGH method, whereas a uniform distribution is
applied for 3D modal analysis.
The different distribution of masses leads to this
deviation in the frequency.
5.3 COMPARISON AND DISCUSSION
The results from the 3D analyses are compared with the
preselected variants from the 2D analyses. Figure 15
presents the first frequencies which were obtained for 3D
and 2D models by means of modal analysis and the
RAYLEIGH method. This comparative illustration
generally shows that the 2D analysis provides reasonable
natural frequencies.
It has already been stated that difference in the frequency
between the 3D modal analysis and the RAYLEIGH
method is produced by the different mass distribution.
However, Figure 15 also reveals some weaknesses of the
2D analysis. There are deviations up to 0.5 Hz in
comparison with the 3D modal analysis. The 2D variant
V1 does not match the natural frequency from 3D
analysis best in any case. The simplifications V2 and V3
for light-frame and V2 and V4 for CLT sometimes meet
the frequencies even better. A good correlation of the
frequencies between the 2D variant V4 and ‘RAYLEIGH
3D’ can be observed for CLT.
One main reason for the differences is generally the
bending stiffness of the slab, which is not taken into
account in the 2D analyses but is in the 3D analysis.
Higher order vibration effects have an effect on the
response of the structure in both the 2D and 3D analyses.
Based on the modal mass factor, it is shown that up to
three modes have a relevant contribution. This applies to
all types and is independent of the number of storeys.

light-frame

CLT

Figure 15: Comparison of the natural frequency from 3D and
2D analyses

The lateral force method uses only the first period to
determine the base shear Fb according to Eq. (12).
Fb  Sa (T1 )  m  

(12)

The factor λ is comparable with the modal mass factor α.
Depending on the period, this factor can be 0.85 or 1.0,
according to EC 8 [1]. If the modal response spectrum
method is applied, the base shear for each mode i can be
calculated by means of Eq. (13).
Fb,i  Sa (Ti )  m  i

(13)

The values for the acceleration are read from the
response spectrum (see e.g. Fig. 16). The parameter m
stands for the total structural mass.

Figure 16: Elastic response spectra for different soil and
ag = 1.0 m/s² according to EC 8 [1] and frequency
range for modes 1 and 2

It becomes obvious from Tables 7 to 9 and Figure 16
that the frequencies of the second and third mode are
always at or close to the plateau of the spectrum, while
the first frequency lies right on the plateau in most cases.
Although the modal mass factors of the second and third
mode are comparatively low (0.04 to 0.22), the
contribution of these modes is not negligible due to
higher spectral accelerations compared to the first mode.
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6 CONCLUSIONS
It was confirmed that the structural period of buildings
with four storeys or more lies right on the plateau of the
response spectrum in most cases. However, there are still
further influences which affect the frequency of the
structure and which were not discussed in this paper. In
this study, it was presumed that openings are over the
complete storey height, but there usually remain sections
around openings. The contribution of these sections
leads to an increase of the frequency. However, it is
assumed that this influence is more pronounced for the
CLT construction than for the light-frame construction.
It was also shown that a distribution with lumped mass
(RAYLEIGH method) leads to lower frequencies in
comparison to the uniform mass distribution (3D modal
analysis).
Based on the parametric study on reference structures,
some recommendations for the determination of dynamic
characteristics of timber structures can be derived.
 The domain 2 and the sloping part of the response
spectrum (see Fig. 1) should be used for the
determination of seismic action for timber structures
up to eight storeys. The study shows that a deviation
of about 0.5 Hz in the frequency is possible,
depending on the analysis model chosen. That can
lead rapidly to a significant underestimation of the
seismic forces if the frequency shifts into the first
domain of the response spectrum. If 2D analysis
models are used, the spectral acceleration at a period
of 2.0 s should be taken into account as a minimum
acceleration in the sloping part of the response
spectrum. This has to do with assumptions in the
development of the analysis model. This limitation
provides only a lower bound of spectral acceleration
to reduce the possible underprediction of the seismic
action.
 It is recommended that the full mass m is applied to
determine the base shear to account for higher mode
effects within the lateral force method. The base
shear should not be reduced by the correction factor
λ.
 The components of deformation cannot be
summarized to a surrogate bending stiffness.
Otherwise, the structure – represented by the
cantilever beam – is presumed to be “soft”. This
procedure is not sufficient for the determination of
the natural frequency and yields non-conservative
spectral accelerations.
 Under consideration of the aforementioned, it is an
acceptable simplification to predict the frequency,
respectively, the period of the structure by means of
2D analysis models.
The definition with a bending stiffness EI and a shear
stiffness GA (V3) is recommended for the light-frame
construction. The deformation components’ rotation
uφ,TF and slip of the shear anchoring us,TF of the lightframe element can be neglected as part of a
conservative estimation of the frequency. Neglecting
these
deformation
components
compensates

approximately for the fact that variant V3 led to
lower frequencies than the reference model.
Using a non-flexible cantilever beam which
considers shear deformations in combination with a
rotational spring Kφ at the floor level (variant V4) for
the CLT construction is recommended. The
recommendation takes into account that the
contribution of the bending stiffness is really small,
while the overall deformation is dominated by shear
loading. The shear stiffness GA results from the
combination of the deformation components uGA,CLT
and us,CLT. The bending deformation is negligible.
Support conditions which cannot be rigid might be
considered for the determination of the rotational
spring Kφ.
 The recommended simplification includes the
anchoring of shear walls by means of hold-downs
and angle brackets. The connection on the top of the
wall with slab was not regarded. This connection is
commonly executed by inclined self-tapping screws,
which represent a very stiff connection. Thus, the slip
between slab and lower wall is expected to be very
small. In this case, this deformation contribution can
be neglected.
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DESIGN AND CONSTRUCTION OF A 53-METER-TALL TIMBER
BUILDING AT THE UNIVERSITY OF BRITISH COLUMBIA
Erik Poirier 1, Manu Moudgil 2, Azadeh Fallahi 3, Sheryl Staub-French 4, Thomas Tannert 5
ABSTRACT: The paper discusses the challenges during the design of a tall timber building: The University of British
Columbia Brock Commons Phase I project, known as UBC Tall Wood Building (TWB). Once completed, TWB will be
the tallest mass-timber building in the world standing at 18 stories with a height of 53 m. The discussion includes the
technical, financial, supply chain and regulatory challenges, as well as the social, economic and environmental benefits
that result from the building. The TWB will house 404 student beds laid out in single and quad occupancy rooms. The
structural system is viewed as being very simple by the project stakeholders, simplicity and ease of erection being one
of the key drivers for this project. The structural system is designed as a hybrid configuration: the foundations, ground
floor and first level, as well as the building cores, are cast-in-place concrete. Levels 2 to 18 are mass-timber columns
(standard Glulam with some parallel strand lumber columns on the lower levels for increased compression strength) and
floors made of cross-laminated timber panels and a non-structural concrete topping.
KEYWORDS: Tall Wood Construction, Hybrid Structure, Site Specific Regulations, Building Monitoring

1 BACKGROUND 12
In the early 20th century, the construction of tall wood
buildings based on post and beam systems with unreinforced brick as exterior walls was common in North
America. Some of them were nine storeys tall with
ceiling heights of up to 6.9 meters [1]. Later, changes to
the National Building Code of Canada (NBCC) [2].
limited the height of wood buildings first to three and
then to four stories. After a comprehensive consultation
process, the code was changed to permit six-storey wood
frame residential buildings [3].
The emergence of new engineered wood products and
advanced structural, mostly hybrid, systems have
prompted a resurgence in the use of timber in buildings
more than 6 storeys tall. One of the main external drivers
for giving timber products more consideration in nonresidential construction is Bill 9-2009 (“Wood First
Act”), passed by the Province of British Columbia in
2009, which aims to promote a culture of living and
building with wood by requiring its use as a principal
material in any provincially funded building [4].
Over the last decade, buildings using mass-timber
products such as cross-laminated timber (CLT) have
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been constructed around world. The “Stadthaus”, a 9storey residential building completed in 2009 in London,
was one of first tall wood buildings in which CLT was
used as main structural material [5]. The LifeCycle
Tower ONE, an 8 storey building with concrete
foundations and a concrete central core with glulam
columns and hybrid slabs which span up to 9 meters, is
an example for a timber based hybrid building [6].
“Forte”, the first tall mass-timber residential building in
Australia, is 32-meter-tall and has 10 stories with only
the first floor and foundation made of concrete [7].
“TREET”, a 14-storey building in Bergen, Norway, is
currently the tallest contemporary timber building in
world with a height of 45 meters above concrete
foundation level. It consists of glulam trusses with
prefabricated building modules whereas CLT is used for
elevator shaft, internal walls and staircases. The
singularity of this building is introduction of a “power
story” after every four levels that carries a prefabricated
concrete slab on top and acts as a base for the three
levels above [8].
Currently, the tallest modern timber building in Canada
is the 29m-tall Wood Innovation and Design Center
located in Prince-George, British Columbia, which
consists of six stories including a mezzanine. The
structural concept was dry construction which eliminated
the use of concrete above the foundation level except the
mechanical pent-house [9]. The building is home to a
new Master’s program on Integrated Wood Design [10].
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2 PROJECT CONTEXT
2.1 CANADA TALL WOOD DEMO PROJECTS
In 2013, Natural Resource Canada (NRCan) launched
the Tall Wood Building Demonstration initiative “To
test the use of wood in larger and taller wood buildings”.
Subsequently, the Canadian Wood Council issued a
request for an Expression of Interest (EOI) for
developers, institutions, and design teams who were
willing to undertake an innovative approach to design
and build high-rise wood demonstration projects. “The
aim of this initiative was to link new scientific advances
and data with technical expertise to showcase the
application, practicality and environmental benefits of
innovative wood based structural solutions” [11].
These projects were expected to bring together
researchers, building code officials, fire safety
professionals, designers, engineers and construction
industry experts to foster innovation in the timber
building sector. The requirements were a building height
of at least 10 storeys and the use of mass-timber products
in an innovative way. Proposals were evaluated by the
CWC/NRCan panel that included professionals from the
fields of design, engineering, fire safety, building code,
research and building industry professionals.
The University of British Columbia (UBC) has been at
the forefront of the movement towards the use of timber
in construction, adopting ambitious sustainability criteria
for building projects and development initiatives [12].
New institutional buildings must achieve a minimum
Gold certification under LEED®. In addition, UBC has
adopted the “Living Laboratory Challenge” for its
Vancouver as “a kind of giant sandbox in which there is
the freedom to explore the technological, environmental,
economic and societal aspects of sustainability” [13].
The now defunct Strategy Partnership Office at UBC
submitted the proposal following the call for EOI for the
Tall Wood Building Demonstration Initiative. The UBC
projects was selected as one of three Canadian demo
projects. As of the time of writing, only the UBC project
is underway. The project context in which the UBC Tall
Wood Building (TWB) is being developed comprises the
business, regulatory, industry, and site specific contexts.
2.2 UNIVERSITY CONTEXT
As part of the UBC Vancouver Campus Plan adopted in
2010, the Brock Commons were designated to be
developed to address UBC’s increasing need to house its
growing student population. SHHS (Student Housing &
Hospitality Services) has developed the Student Housing
Growth Strategy to “add more than 2,000 beds by 2017
[14]. The development of the UBC Brock Commons
phase I is part of this strategy. The need to provide
additional housing and space on campus is the project’s
principal driver. In this sense, given the residential
occupancy of the proposed building, the most important
consideration for UBC is fire and life safety, regardless
of structural solution. The designed solution, a
residential tower with public amenities, would
traditionally be built with a concrete structure.

The NRCan Tall Wood initiative offered a key business
incentive to support the use of mass timber in the
project. The available funding was the key driver for the
use of wood as a structural element in the TWB. Without
this funding, the building would have been built with
traditional materials, in this case concrete [15].
The opportunity to implement a mass timber structure
introduced a second objective in the project: to design,
build, evaluate and monitor a tall building utilizing
advanced wood-based building systems, physically
demonstrating the applicability of wood in the tallbuilding market. The decision to go with mass timber
had repercussions on the business context as the use of
wood in the project introduced new issues relating to
insurance and liability. Furthermore, and perhaps more
importantly, the question of marketing a tall wood
building to students and their parents due to the
perceived increased risk of fire associated to wood
construction was a significant challenge. Potential
tenants would have to rest assured that this building
would be as safe, if not safer than traditional buildings.
2.3 REGULATORY CONTEXT
Brock Commons has been identified as one of six Hubs
on campus as defined in the UBC Vancouver Campus
Plan. This plan defines that “Hub buildings may reach
53 m height exclusive of rooftop appurtenances, and will
consider visual impact analyses regarding sightlines.”
With regards to site location, the proposed building
footprint is located in close proximity of an existing
multi story parkade. The site is relatively narrow,
measuring approximately 26 m wide. According to the
geotechnical report: “the site qualifies as a “Site Class
C” defined as very dense soil sites”. The soil conditions
are thus deemed adequate for a tall building and do not
require any special foundation work to be undertaken.
UBC operates within following regulatory framework
for development on its campus:
• The British Columbia Building Code 2012 (BCBC)
• The British Columbia Fire Code (BCFC)
• UBC Policy#92 (Land Use and Permitting)
• The BC Building Act
All projects undertaken on the UBC Vancouver Campus
must meet the requirements laid out in these documents.
The principal use for the project will be a student
residence; the building will be Group C (residential)
major occupancy and Group A-2 (assembly) subsidiary
occupancy. BCBC article 3.2.2.50 states that buildings
with Group C occupancy can be of combustible
construction if they are no more than 6 storeys and/or
18m high and have a max. building area of 1,200 m2
[16].
For buildings to surpass these constraints, they must be
of non-combustible construction, sprinklered throughout,
have floor assemblies with a fire-resistance rating (FRR)
no less than 2hr and loadbearing elements that have a
FRR no less than the supported assembly. In the case of
the TWB, the building does not conform to the current
requirements of the BCBC.
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Given this noncompliance with the BCBC, the project
must propose a performance based approach to achieve
compliance. This is captured in the form of a proposed
Site Specific Regulation (SSR) to be developed by the
Authorities Having Jurisdiction (AHJ), in this case the
Province of British Columbia’s Building Standards and
Safety Branch (BSSB), authorized under the Building
Standards and Safety Act and authorized by the Minister
as well as UBC [15].
2.4 INDUSTRY CONTEXT
The industry context is defined by the local Architecture,
Engineering and Construction practices. The preferred
construction type for high rise buildings is cast-in-place
reinforced concrete. The use of wood in construction is
mainly limited to residential construction for buildings
up to 6 stories and is commonly referred to as lightframe wood construction. Though some expertise exists
throughout the design and construction supply chain
although, mass timber construction remains relatively
marginal and is mainly used in cases where there is a
desire to develop a certain aesthetic. Mass timber is not
seen as a “go-to” material for routine projects, such as
low or mid-rise commercial, institutional and residential
construction. Given the regulatory constraints outlined
above, mass timber is not seen as a “go-to” material for
high rise residential construction either. In North
America, there are a limited number of suppliers of
mass-timber producers which translates into a limited
supply network and thus a challenge in procuring
products on a large scale.
2.5 ASSEMBLING THE TEAM
The design and pre-construction process officially began
in November 2014 and was completed in September
2015. During this period, the building was designed and
approvals were obtained on the part of the UBC Board of
Directors (for budget), the Owner (for design) and the
Authorities Having Jurisdiction (AHJ) (for code and
building permit). The total project duration is 593 days
(including tender), beginning in October 2015 and slated
for occupancy in May 2017.
UBC Properties Trust, UBC’s property management
subsidiary, was mandated to manage the project. The
Owner was seeking companies and individuals to form,
what they termed, an “Integrated Design Team”. The
request for proposals (RFP) for design services was
issued in summer 2014 and the RFP for the preconstruction services was issued in October 2014. By
November 2014, the team comprised of the architects,
structural, mechanical and electrical engineers,
construction manager and fire engineer was assembled.
The prime consultant for the initiation of the project was
the structural engineering company, Fast+Epp, who was
selected by the owner and project manager amongst a
small group of local structural companies.
In a parallel process, the Architect of record was chosen.
The owner received more than 20 initial submissions
from local and international firms out of which three
submissions were invited to present their proposal in

front of a UBC selection committee. Conscious of the
current limitations with the level of expertise on Tall
Wood Construction in the North American market, the
winning proponent for architects of record consisted of
the team Acton+Ostry from Vancouver and Hermann
Kauffman Architects from Austria.
The other design consultants, the mechanical and
electrical engineers, Stantec, as well as the code
consultant, GHL Consultants Ltd., were selected based
on past experience working for UBC. UBC PT also hired
a virtual design & construction integrator, CAD Makers
Inc., to assist the team by providing virtual design and
construction services. The pre-construction managers,
Urban One, were selected following a public RFP.
Specialty trades that were deemed critical to the project,
in this case mass timber supplier, Structurlam, and
erector, Seagate, as well as concrete forming and
placement, Whitewater, were brought on board early on
in a design-assist role, although not formally bound by
contract to the project team. Instead, the specialty
contractors provided pre-construction services, yet still
had to bid on the job during the tender process.
2.6 DESIGNING THE PROJECT
The project’s timeline for design was very compressed.
The team had 8 months to design and get approval for
the entire project. An integrated design workshop was
held in January 2015 to discuss several options for, and
then develop and refine the various building systems.
The use of a virtual mock-up and its development in real
time, provided rapid feed back to the project team which
was beneficial in the decision making process. At the
end of the workshop, the team had settled on the
structural solution, mechanical and electrical systems to
be provided and how they would be integrated into the
building and an understanding of the guiding principle
for the pre-fabricated envelope panels. Furthermore, the
project team developed a comprehensive cost model of
the proposed building and were able to rapidly estimate
alternative design solutions.
In developing the project, the team used an approach
akin to set-based design, a process through which all
project stakeholders share a range of acceptable
solutions for a particular scope of work and look for an
overlap. The process is continued until a final solution is
found. Principally, the team focused on two major
elements of the project to perform this light form of setbased design: the structural system and the prefabricated
envelope panel system.
UBC retained the services of a VDC integrator, who was
involved early on and was tasked with collecting all
relevant project information from the different team
members to create a singular model of the building that
would be developed to a very high level of detail. One of
the key elements in this process was removing any
burden on the design consultants to produce a 3D model
that could be used throughout the project’s lifecycle.
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2.7 PRE-CONSTRUCTION
UBC typically involves a construction manager (CM) in
its major projects. The CM is principally responsible for
estimating the work, developing a plan and a schedule
and sourcing and procuring the work necessary. In this
case, one of the project’s objectives, aside from
providing housing for students, was to demonstrate the
financial viability of tall wood construction and that it
could compete with traditional construction.
The construction estimate was developed by the
construction manager and included a concrete equivalent
to act as a project baseline. The target construction
budget set by UBC was $78,000/bed and $192/sf. The
cost of mass timber was tracked throughout the
development of the project as there was considerable
risk. The team was assuming a cost of $1,100/m3 for
wood compared to a $900/m3 for concrete [15].
Furthermore, the team included allowances for the
premium for the tall wood component. The difference in
price between concrete and wood was absorbed by
funding from the Tall Wood Demonstration Initiative.
However, the project team did believe that speed of
erection and ease of assembly could help close the gap
between concrete and wood. The other cost item that
they were tracking was the price for the pre-fabricated
envelope panel. The team had set aside a $60/sf of
façade.
The foremost constraint in planning the work sequence
was to mitigate any possibility of water damage during
construction. This prompted the team to develop two
strategies: first is to erect the mass timber structure
during the “dry months”, and second is to enclose the
building as quick as possible behind the structure. The
first constraint involves building the entire concrete
structure prior to the erecting the mass timber structure.
As a consequence, this would also allow the team to
potentially use one of the elevators during construction
as a material and man lift, thus eliminating the need for a
construction elevator. The second constraint led to
choosing a prefabricated envelop panel.
2.8 MOCK-UP
A full scale mock-up was built (see Figure 1) to test the
viability and constructability of the designed solutions.
The mock-up consisted of a core wall and measured 3 x
3 bays 2 stories high. It was built by the design-assist
trades and helped them further refine both their product
and the installing process. It was also used to validate the
speed of erection for the structure. The mock-up helped
the project team validate a number of decisions such as:
connection details with column and slab, connection
with the slab and concrete core and confirmed the choice
of steel assembly for the structural columns. It also
allowed the team to make a decision regarding which
prefabricated envelope panel they would use on the
project [15]. The project team also tested some options
for materials and assembly, namely the type of concrete
topping as well as the wood sealer to be used during
construction. Finally, it allowed the VDC integrator to
test the exchange of data with the mass timber supplier.

Figure 1: Mock-up

2.9 GETTING APPROVAL
Along with economic viability, obtaining approval from
the AHJs was the biggest challenge for this project,
specifically when considering the time-line. Indeed,
many design decisions were made to keep the project
simple and ensure its approval. A key consideration was
to get the AHJ involved and communicate the intent of
the project team regarding design solutions. In order to
respect the project schedule, the project had to obtain the
BSSB’s approval by September 2015.
The building is residential major occupancy assembly
subsidiary occupancy. Given the noncompliance with the
BCBC regarding building height, non-combustible
materials and the FRR required for structural assemblies,
the project had to provide a performance based approach
and prove that the proposed solution achieves regulatory
requirements of Division B, Part 3 of the 2012 BCBC.
This was captured in the form of a Site Specific
Regulation (SSR) which was developed by the AHJs, in
this case the UBC Chief Building Official and the
Province of British Columbia’s BSSB, authorized under
the Building Standards and Safety Act.
The SSR process is a rigorous procedure which entails a
thorough peer review process. The outcome of a SSR is
a regulation that is only applicable to the site that is
concerned by the project. Therefore, while setting an
important precedent for future Tall Wood Building, the
SSR of the UBC TWB does not allow for future tall
wood building of similar design to be approved without
a new alternative solutions approval process.
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The project was subject to two peer reviews of the
proposed structural system conducted by two structural
engineering firms, one local, Read Jones Christoffersen
consulting engineers, with expertise in local building
codes and one international, Merz Kley Partner AG
(MKP), with expertise in tall wood construction [15].
Both reports highlighted elements that were believed to
require further consideration by the design team. The
RJC report concluded that “in general, the concept
appeared to be reasonable and the member sizing
appropriate”. The MKP report was based on Eurocodes
and focused primarily on the structural capacity of the
mass timber under on gravity loads. The report found
them to be acceptable in all cases.
To assist the team in ensuring the proposed building
perform sufficiently to meet the intent of the prescriptive
requirements of the BCBC as well as help it develop the
application for the SSR and other alternative solutions
for items unrelated to the tall wood component of the
building, a 3rd party code consultant, GHL Consultants
Ltd., was brought on early in the project. The company
played an important role in changing the BCBC
requirement regarding mid-rise building from allowing
six storeys combustible construction in BCBC 2012.
The SSR process involved a panel of experts which
focused on two specific elements of the building: the
structural review expert panel and the fire safety expert
panel. The expert panels met on two occasions with the
final presentation being made by the design team in June
2015 to get approval by September. In both cases the
objectives of the review panels were to identify that:
• All areas of uncertainty regarding the project have
been identified and adequately addressed
• There was no need for more robust administrative
requirements
• All items relating to the project be clearly outlined
and brought to the attention of the BSSB.
During the final structural review panel session, the
structural design team was looking for feedback from the
expert panels on whether the proposed design was too
conservative, thus adding unnecessary cost to the
project, and whether or not it would be more appropriate
to use the NBCC 2015 rather than the BCBC 2012.
Furthermore, the structural panel discussed issues
pertaining to the following items:
• Type of glue to be used in the manufacturing of CLT
• Charring of mass timber elements in case of fire
• Use of other materials, e.g. steel, for major elements
• Design of structural connections
• Differential settlement and its impact on the building
• Type of concrete
• Behavior of building in case of progressive failure
• Obtaining consensus on design loads
• Risk of wood getting wet (construction, operation)
• Using the latest seismic codes (NBCC 2015)
During the fire safety review panel session, the design
team was looking to get feedback on several items
including the proposal to use a combustible exterior
wall, exposing timber on the 18th floor, and reducing the
amount of encapsulation or backup water supply.

Furthermore, the fire safety review panel discussed
issues pertaining to:
• Behavior of building elements in case of failure such
as gypsum wall board falling off
• Presenting a conservative approach to fire protection
to facilitate approval, e.g. no reliance on charring for
fire resistance of structural elements
• Facilitating the approval process by providing a
highly detailed design
• Providing different material options such as
increasing quantity of mineral wool in the assembly
or using Magnesium Oxide boards
• Discussion of past events of fire during construction
of a tall wood building in the UK
• Questions around the contribution of mass timber to
fire spread once all fire protection has disappeared
• Encapsulation of structural connections, noting that
no steel will be left apparent
• Presentation of the multi-compartment nature
• Fire load used (790 MJ/m3)
• The question of life safety versus property protection
in designing the encapsulation of the structural
elements and the automatic sprinkler system
• Concerns about service penetrations added during the
building’s operations
• Accounting for earthquake events and providing life
safety measures for extreme cases
• Overall design, testing and decision making process
regarding strategies to offer acceptable performance.
The fire safety review panel ended with a roundtable
discussion on whether the direction that the design team
had taken was acceptable. The panel was in favor of the
design presented, which included encapsulation and
sprinklered throughout with water back-up supply [15].
The BSSB accepted the proposed design and issued the
SSR in September 2015.

3 THE BUILDING
3.1 OVERVIEW
The building is designed to provide 404 student
residence beds distributed in single-bed studio or fourbed units. The building will surpass the maximum
allowable height of 53m as defined by the UBC Campus
Plan and attain 54.8m and 58.5m at the top of elevator
core parapet. The building will be 18 storeys with a
typical floor to floor height of 2.8m. The ground level
will have a 5.0m floor height. Residences will be located
on floors 2 to 18. The typical floor plan is approximately
15m x 56m for a typical gross floor area of 840m2. The
total building gross floor area will be approximately
15,000 m2. Table 1 summarizes the project statistics.
3.2 STRUCTURAL SYSTEM
A key driver in developing and detailing the design was
to stick to tried and tested solutions, which were code
compliant and certified by product standards. In other
words, while the whole of the project was innovative, its
parts were simple and as standard as possible.
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The building’s structural system is designed as a hybrid
configuration, see Figure 2. The foundations, ground
floor and the building cores, which house stairwells,
elevators and risers, are cast-in-place concrete. The floor
on level 2 acts as a transfer slab. The building is
supported by 2.8m x 2.8m x 0.7m thick reinforced
spread footings. Each core is supported by a 1.5m thick
raft slab that include soil anchors with 1250 kN tension
force capacity. A 250mm thick wall on a 600 x 300mm
strip footing is designed at the perimeter of the
building’s foundation [15].
The choice of a mass timber superstructure is estimated
to result in a building that is 7,648 tonnes lighter than a
concrete building. This lighter building requires smaller
footings which results in lower costs for the project.
However, Vancouver being a high seismic zone, the
decrease in mass results in less inertia and thus leads to a
lower resistance to overturning than compared to a
concrete structure. The use of a hybrid structural solution
has also required to ensure that all lateral forces are
adequately transferred to the building cores and
subsequently to the raft slabs.
The building’s superstructure comprises the concrete
podium and cores, the mass timber columns and floors as
well as the steel roof structure. The decision to go to a
hybrid structural solution was taken early on in the
project by the owner and was key in setting the direction
for the project to get it approved. The concrete podium
houses the ground level amenity and service spaces. The
decision to build a concrete podium was driven by many
things, namely the need for high clearances in public
spaces as well as large spans.
Other issues, such as resistance to impact and as well as
the need to house large mechanical and electrical
services in non-combustible spaces while providing
room for large equipment were also taken into
consideration during the design. The 2nd floor acts as a
transfer slab and accepts the full gravity load of the 17
storeys above it. The slab is 600mm thick. This allows
the ground level structural grid to be independent from
the grid for the wood structure.
The concrete cores form the “backbone” of the UBC
TWB. They provide the rigidity that is required to
support any lateral forces exerted on the building. They
also provide the vertical circulation, housing both the
stairs and the elevator shafts, as is common with high
rise construction. The core walls are 450 mm thick castin-place reinforced concrete. They form a continuous
element from the foundation to the roof to which each
level of the building is attached. As mentioned, the
decision to use a concrete core was taken early on in the
design process. This early decision had a significant
impact on the project team due to it eliminating the need
to design and get approval for an alternative approach
such as a steel or mass timber core.

Table 1: Project overview
Project costs
Building Location
Building Address
Building type
Sustainability target
Gross Floor Area
Building Footprint
Number of stories
Building height
Typical floor height
Project costs
Design
Construction
Estimated premium for
mass timber
Total project cost
Project Schedule
Start Date
Finish Date
Duration
Building elements
CLT Panels - volume
CLT Panels - quantity
CLT Panels - weight
Columns - volume
Columns - quantity
Volume concrete saved
Reduction in CO2
emission (over similar
concrete building)

49°16'10.7"N 123°15'05.4"W
6088 Walter Gage Road
Residential (Group C) with
assembly spaces (Group A-2)
LEED Gold / ASHRAE 90.1-2010
15,120 m2
840 m2
18 (17 in mass timber)
54.81m (T.O.P.)
2.81m
$2,411,000
$39,437,000

160$/m2
2,608$/m2

$4,452,000

294$/m2

$51,525,000

3,390$/m2

October 15, 2015
May 30, 2017
593 days
1973 m3
464 panels
954 tonnes
260 m3
1,298 columns
2,650 m3
500 tonnes

Figure 2: Hybrid structural system (Courtesy Fast + Epp)
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3.3 GENERAL DESIGN CONSIDERATIONS
In developing the design, the structural team considered
over 60 different options. Using cost, constructability
and availability of products as filters, the number of
options was reduced to 15. Of those, the structural team
had earmarked two options to be developed. The first
involved a primary framing oriented on the long axis of
the building and consisting of a glulam post and beam
configuration and a secondary framing oriented in the
short axis of the building consisting of single span,
prefabricated hybrid concrete timber panels. The
advantage of this option is the added rigidity provided by
the hybrid concrete-timber panels, acting as a diaphragm
for the building. The disadvantage is the considerable
weight that these panels added to the building.
The second option, which was finally chosen, involved a
primary framing consisting of Glulam columns and a
perimeter beam to support the building envelope. The
secondary framing consisted in three span continuous
CLT panels oriented on the long axis. The advantages of
this option are the elimination of the need for beams, the
relatively light weight of the CLT panels and the speed
of erection. The disadvantages were mainly related to
supply as there is currently only one local supplier who
can produce CLT panels up to 3m wide, other capable
suppliers are located in Europe and have to contend with
shipping constraints. Another consideration is that the
columns must be braced during construction as they are
free standing until the top panel is in place.

Based on the chosen suppliers (Structurlam) production,
the CLT panels will be 169mm thick. The panels will be
constructed of two outer layers of machine stressed
lumber (MSR - 1650f-1.5E MSR specified) and three
inner layers of SPF lumber (No. 1/2 or better specified)
or equivalent. The maximum allowable moisture content
is 12% +/- 3% at the time of fabrication. The final design
of the floors calls for a 2hr FRR between levels and to
achieve an acoustic performance of 54 STC. Both are
achieved with three layers of Type ‘X’ GWB and 40mm
concrete topping, 32mm air space, hat track and resilient
bars. The floors and roof are supported by glulam and
PSL columns.
3.5 CONNECTION DESIGN
Amongst the key challenges in designing the level 2 slab
are the different reaction to lateral loads between the
concrete and the wood structures, the precise layout and
placement of the anchor bolts for the columns during
construction, and the coordination of the mechanical and
electrical sleeving through the slab. The connections
between the concrete slab and the wood columns are
shown in Figure 3.

3.4 FLOOR AND COLUMN DESIGN
The gravity load system of levels 2 to 18 consists mass
timber columns and floor panels. The team opted for a 5ply CLT panel system point supported on Glulam
columns. The Some PSL columns are used on the lower
levels for added compression strength. The typical
column cross sections are 265mm x 265mm and 265mm
x 215mm on the upper levels.
As previously mentioned the typical structural bay
measures 4m x 2.85m. The choice of using a 4 m bay on
the long axis was partly influenced by the fact that the
CLT panel manufacturers that were being considered
fabricate the panels in lengths of 12m (Canada) and 16m
(Europe). Thus, a desire to minimize waste was
considered in establishing the structural layout. The
other driver was the typical floor plan. The CLT panels
will be oriented on the long axis of the building and
installed in a staggered configuration.
The CLT panels are joined together using 140 x 25mm
plywood splines nailed or screwed to each panel.
Although there are only four different panel lengths in
the project, most panels on a single floor are unique due
to the configuration of the mechanical, plumbing and
electrical openings to be provided. This requires a very
high level of collaboration between the designers and the
fabricators to ensure that each panel is properly
coordinated.

Figure 3: Typical connection ground floor; Left: 3D model
(Courtesy CADMakers), Right: Picture from mock-up

The connections between the core and the CLT floor
panels form one of the most important interfaces in the
building due to its structural importance. There are three
critical details for this interface. The first connection
supports the CLT panel at the cores. In designing this
connection, the differential settlement between the wood
and the concrete structure and the vertical shear transfer
had to be accounted for. The retained solution is a steel
ledger angle (L203x152x13 LLH) welded to a 300mm
wide embed plate cast in the core at every 1500mm, see
Figure 4. The original solution called for the ledger to be
bolted in vertical Halfen channels cast in the core. This
would have eliminated the need to weld the ledger and
also provide more flexibility during installation.
However, due to the high concentration of steel
reinforcement at the corners of the core, the installation
of the Halfen channel would have been compromised
[15]. The ledger will be screwed to the CLT panels.
Installation of the ledgers during construction will be a
critical item and require high levels of precision.
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Figure 4: Typical connection between core and CLT floor;
Left: 3D model (Courtesy CADMakers), Right: Picture

The next connection is the drag strap to core connection
which are a critical part of the structural system in that
they ensure that any lateral loads exerted on the building
are transferred to the core. The presence of the drag
straps means that no penetrations can be made through
the floor in those areas. Four different types of drag
straps are called for in the design. The drag straps are
100mm wide steel plates which vary between 6.4mm
and 12.5mm depending on location in the building (the
thicker plates are located on levels 17 and 18).
Depending on orientation, the straps vary between 1.5m
and 7.2m in length and the distance between the screws
vary between 50mm and 250 mm. The drag straps are
welded to faceplates that are anchored to the core using
DYWIDAG anchors [15]. To ensure that the anchors do
not conflict within the core wall, the face plates are
flipped for each face of the core. Figure 5 shows a
typical connection between the drag-strap and the core.
The “slab edge” connection to the core is a drag strap
connection similar to the one described above but is
located on the periphery of the building (chord). There is
also a chord strap installed between each panel at the
perimeter of the building.

fabrication and installation tolerances and cost of the
assembly, among others. Operational issues that were
considered in the design were to mitigate any water
infiltration. Four different connection designs were
considered and analyzed taking into account the criteria
mentioned above.
A welded HSS and steel plate assembly, as illustrated in
Figure 6, was chosen since it was seen as the simplest
solution which fulfilled the design, constructability and
operational constraints. Notably, the ease of installation
as well as the full transfer of the vertical load to the
column below (as opposed to some compression being
exerted on the panels as in the wood to wood
connection) while providing adequate vertical shear load
support was key in making the decision. The solution,
consists of a round HSS welded to a steel plate that are
embedded at the top and the bottom of each column
using threaded rods that are epoxied into the column.
The bottom connection assemblies have a smaller HSS
which fits into the top connection assemblies that are
installed on the columns below [15]. These top
connection assemblies have four threaded rods to which
the CLT Panels are bolted. In effect, this ‘suspends’ the
column from the floor above and allows all the vertical
load to be transferred through the columns only. Shims
are provided as needed to level the assembly and account
for differential settlement of the structure. A 40mm
concrete topping will fill the space between the bottom
of the columns and the top of the CLT panels.

Figure 6: Typical column detail; Left: 3D model (Courtesy
CADMakers), Right: Picture from mock-up

3.6 BUILDING ENVELOPE
Figure 5: Typical drag-strap connection; Left: 3D model
(Courtesy CADMakers), Right: Picture from mock-up

The connections between columns and panels
represented a significant challenge as two interfaces
have to be managed: column to column and column to
panel. The connection has to effectively transfer both the
vertical loads as well as support the panel shear loads.
The connection must include a 2hr FRR and minimize
the transmission of vibrations throughout the building.
The connection must also allow the panels to act as a
diaphragm to transfer lateral loads to the building cores.
Constructability issues that were taken into consideration
in the design of the connection were related to ease and
speed of installation of the columns and panels,

The building will be enclosed with a curtain wall system
on the ground floor. A three layered CLT canopy will be
provided with double folded standing seam metal
roofing system attached to the concrete columns at the
base will provide rain coverage for pedestrians. On the
upper floors, a prefabricated exterior panel system will
be used. The panel system will comprise of 8.0 m long
(corresponding to two structural bays) by one story
(2.8m) high panels.
Beyond the floor layout discussed above, interior
construction for the UBC TWB project is principally
driven by the need to encapsulate all wood elements to
provide a 2hr FRR rating for all the structural assemblies
including providing 2hr FRR between floors, the need to
provide 2hr FRR between suits and 1hr FRR between the
units and the corridor.
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Encapsulation was chosen as a passive fire protection
and life safety measure in the alternative solution report
[16]. Two requirements within the building code are
addressed by these measures: the requirement for noncombustible construction and the requirement for 2hr.
FRR floors and supports. The requirement for noncombustible construction has the objective “to limit the
probability that combustible construction materials
within a story of a building will be involved in a fire,
which could lead to the growth of fire, which could lead
to spread of fire within the story during the time required
to achieve occupant safety and for emergency responders
to perform their duties, which could lead to harm to
person or damage to the building.” To achieve this goal,
all structural elements will be encapsulated.
3.7 CONSTRUCTION RISKS
The risks and mitigation strategies were categorized into
water events, fire events and schedule extensions:
1) Water Event
• Erection of mass timber structure scheduled for
Spring/Summer seasons
• Water resistant coatings on wood elements to
minimize water absorption during construction
• Prefabricated temporary rain protection potentially
erected during wet weather conditions
• Prefabricated building envelope installed
approximately 1 level behind erection of structure
• Man-hoist connection to building to allow for control
of rain shedding
• Water flow alarm used at main water entry room
after hours; main water shut off at night
• Fire standpipes not charged during construction;
standpipe valve caps wrench tightened
• Site security presence to commence at start of wood
structure erection; personnel to receive training
regarding water damage prevention and mitigation
• Concrete topping covering wood slab structure may
be sloped to direct drainage
• Envelope consultant involved in moisture content
assessment of wood structure prior to encapsulation
2) Fire Event
• Fire safety plan to be reviewed and approved by
Vancouver Fire Department
• Detail wood structure to minimize or eliminate
welding; hot work permit process in effect for hot
work activities; firewatch personnel as required
• Temporary heat to be used will avoid open flame
heat within the structure
• Fire standpipes to be constructed no less than 4 levels
below active structure deck and to be available for
use by Fire Department
• CLT floor structure to be encapsulated with 1-layer
Type X gypsum board with no more than 4 levels of
unprotected wood structure exposed at any one time
• Site security begins at wood structure erection;
training in fire prevention and fire response

3) Schedule Extension
• Construction schedule prepared with involvement
through buy-in process from major trade contractors;
specialized methods required to achieve structure
erection timeline will likely involve 6-day work week
• Proactive procurement process of major materials,
systems, and equipment; tracked for availability of
items in advance of construction timing requirements
• Wood structure and building envelope materials
prefabricated and stored offsite;
• Computerized design models and physical mock-ups
analyzed in advance of mass production to ensure
correctness and approval
• Concrete work scheduled for winter; wood structure
erection to take place in Spring/Summer for reduced
weather-related stoppages
• Erection of wood structure after concrete structure
will ensure sufficient tower crane time for
prefabricated building envelope
3.8 MONITORING
Monitoring of initial and in-service performance is
crucial to refine designs to be more cost effective in
future buildings. Tall wood buildings are a new form of
construction. It is therefore prudent to design
demonstration buildings conservatively. Monitoring
these buildings aids in learning lessons and in designing
future buildings more efficiently. While it is common
industry practice to monitor the building physics
performance, specifically the energy usage, in the TWB,
three aspects that pose specific challenges to Tall Wood
buildings will be monitored:
• Moisture content of CLT panels
• Vertical settlement including elastic shortening,
moisture related shrinkage and creep
• Horizontal vibrations due to wind (and earthquake)
The moisture content of CLT floor panels and not of
façade elements will be monitored. While the latter is
important, it is not a challenge specific to Tall Wood
buildings. Whereas, there is little data available on
moisture fluctuations of CLT panels from the moment of
fabrication over the time of storage, transport,
installation, building completion and building use.
Differential movement between parts of a building is an
important consideration due to the cumulative effect of
vertical settlement. Detailing to reduce and
accommodate differential movement is required to
prevent its potential adverse impact on structural
integrity, serviceability, and building enclosure.
Downward movement is typically predominant in wood
structures resulting from shrinkage due to change in
moisture, elastic instantaneous compression shortening
due to the applied loads and viscoelastic delayed
compression shortening due to the applied loads (creep).
The accelerations of a building, at both the top and the
ground levels, in both building directions, can be
recorded by installing accelerometers. The system will
allow monitoring the serviceability performance during
regular and extreme wind events and potentially, the
ultimate limit state performance during an earthquake.
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4 CONCLUSIONS
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• A strong commitment to a wood solution on the part
of the owner was highly beneficial to the project
team in providing a strong direction;
• A clarity of goals amongst the project team: safety,
simplicity and viability;
• Engaging the AHJs early in the process was key to
managing expectations on both the part of the project
team and the part of the regulatory agencies;
• Engaging key suppliers early in the process was key
to ensuring project viability;
• Use of 3D modeling and virtual design and
construction was critical in providing a digital
“mock-up” to visualize and coordinate the design as
it progressed. The model was developed with prefabrication of the structural components in mind;
• Construction of a mock-up was crucial for testing
and developing design choices
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DALSTON LANE - THE WORLD’S TALLEST CLT BUILDING
Tom Harley1, Gavin White2, Alan Dowdall3, Jonathan Bawcombe4,
Allan McRobie5, Rebecca Steinke6
ABSTRACT: When completed in 2016, Dalston Lane will be the tallest platform CLT structure in the world. In this
paper the motivation and drivers for the project are considered, as is the design process that resulted in a highly
coordinated fabrication model. Details of the numerous design challenges investigated by the design team, including
stability, fire and connections, are outlined, alongside testing of floor plate stiffeners with Cambridge University. It is
concluded that to construct taller buildings using the same design principles it will be necessary to undertake further
engineering design and research.
KEYWORDS: Dalston Lane, United Kingdom, Cross Laminated Timber, Tall, Timber, Ramboll, CLT

1 INTRODUCTION 123
Dalston Lane is a 10 storey cross laminated timber
(CLT) residential development in London, UK, due to be
completed in 2016. At 33.8m, once completed it will be
the tallest platform timber structure in the world. Using
approximately 4000m³ of CLT, it will also be one of the
largest.
Ramboll UK (RUK) worked as part of an experienced
design team, including Waugh Thistleton Architects
(WTa), Pringuer-James Consulting Engineers (PJCE),
XC02 Energy and CLT contractor B&K Structures
(BKS) to deliver the landmark project for developer
Regal Homes.
Timber buildings have been steadily increasing in size
over the past few years, from The Stadthaus in London
[1] (also designed by WTa), completed in 2008 at
29.75m, to the Treet building in Norway [2], at 49m
when complete. This latest engineering achievement is
the result of over a decade of expertise in timber design
developed at Ramboll, working in partnership with
Cambridge University (CU).
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Figure 1: 3D structural model (Autodesk Revit)

2 CONTEXT
2.1 Hackney and cross laminated timber
CLT is a mass wood panel system that uses timber to
form load-bearing solid wall, floor and roof panels.
Individual boards are glued in multiple layers of
alternating direction to form large single panels,
typically up to 3x16m, and 50-300mm thick (Figure 2).
Structural openings, such as doors and windows, are
incorporated within the panels. It offers numerous
benefits over traditional timber frame systems, including
higher capacities, improved fire resistance, and greater
dimensional stability.
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Figure 2: CLT panel buildup

The London borough of Hackney has had a ‘wood first’
planning policy since 2012 [3]. It promotes the use of
wood construction over more traditional materials such
as concrete or steel, primarily due to its sustainable
credentials. This policy has put the borough at the
forefront of timber construction in the UK.
2.2 UK usage

Figure 3: A selection of recent tall timber buildings

3 DESIGN DEVELOPMENT
3.1 Brief & Site Constraints

In 2013, the UK Government published its ‘Construction
2025’ strategy, outlining its aspirations for the industry
in 2025 [4]. Some of the ambitious targets set out
include reducing costs by 33%, delivery time by 50%,
emissions by 50%, and increasing exports by 50%.

In 2014, Regal Homes commissioned the design of a
residential development on the recently purchased site at
67a-71 Dalston Lane. WTa developed the concept
design, with the rest of the design team including RUK
as the specialist CLT engineer.

CLT has many advantages over traditional construction
materials and methodologies which address some of
these targets. Most notably, the erection time of CLT
structures is significantly lower, and the material can be
sustainably produced, potentially even carbon negative
when sequestration is considered [5].

The brief was to provide 121 residential units, with an
additional 3450m² of non-residential space. This is
primarily composed of offices, with some allowance for
retail and restaurants.

As a result, CLT usage in the UK has been steadily
increasing over the last decade. CLT supplier data [6]
suggests that the volume of CLT supplied to the UK over
the last 5 years nearly doubled –fuelled by a buoyant
education and residential market. Our experience
suggests the trend in the UK is for large scale
developments to use significant volumes of CLT in one
development, as opposed to the European model of
more, smaller scale developments.
Over the past few years some large CLT developments
have been completed (Figure 3), such as the award
winning Ramboll projects of Open Academy and City
Academy in Norwich, and the William Perkin High
School in London. All of these have pushed the
boundaries of design and were the largest developments
of their kind in the UK at the time of completion. In total
there are approximately 500 CLT projects in the UK, to
date Ramboll have worked on over 40 of these projects
in various sectors.

3.1.1 Architectural strategy
The site is bordered by roads on the north and east, and
adjacent buildings to the south and west. The south
boundary is directly adjacent to an existing block of flats
(Figure 4).
The adjacent buildings to the south drove the initial
massing exercise, with the building split into two blocks
and joined by a low rise office. The southern half of the
building is kept to just 5 storeys, referencing the adjacent
structures and maximising natural light on the south
facades.

2.3 Tall timber
High rise timber of up to 12 storeys has become a
necessity in many inner city sites where land values are
high. The industry in the UK is slowly pushing the
boundaries of this –starting from the Stadthaus in 2008,
through to Bridport House in 2012 and now Dalston
Lane. All of these have responded to various external
influences and drivers to opt for timber construction.

Figure 4: Plan of building layout and site constraints
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3.1.2 Construction weight
The site is located over the underground rail lines of
High Speed 1 and the proposed exclusion zone for
Crossrail 2. Strict foundation load limits were imposed
on the scheme as a result of this, and the design team
explored timber as a lightweight frame option. An early
stage comparative study indicated that the weight of an
equivalent concrete frame would be around 4x that of the
timber scheme.
These weight savings mean that an additional three
storeys were included on the building, resulting in an
additional 15 flats in the scheme (Figure 5). The option
of expanding further was also considered. An allowance
was made in the structural design to add additional
storeys to the shorter blocks as part of a future
expansion. This could potentially allow for 20 additional
flat to be added at a later date.

Figure 6: Structural materials strategy

Horizontal wind loading is transferred through
diaphragm action of the floor and roof plates. The CLT
wall panels resist axial, racking and bending loads –
providing lateral stability and transferring horizontal
loads into the first floor slab. The analysis for Dalston
Lane is based on stability being provided through a
number of distributed internal walls (Figure 7), and
typically not the façade due to the higher void to wall
ratio.

Figure 5: Comparison of sizes using timber or concrete

The use of timber in this context was clearly beneficial,
as it allowed the developer to maximise their usage of
the space within the constraints imposed.
3.2 Structural philosophy
The timber structure has been designed to provide an
efficient layout with regards to m³ timber / m² floor area.
The floors are kept to a maximum span of ~5m, and
panels are designed to be continuous over wall supports.
Floors span in one or two directions, and are supported
by bearing onto the CLT walls on the level below. A
repetitive floor plan arrangement allows these walls to
stack at each level, giving a direct vertical load path onto
the first floor concrete podium. In a few locations on the
upper floors the layouts change to facilitate larger
penthouse flats. Where required, steel beams transfer out
the vertical load to adjacent walls.
On the ground floor the building usage is commercial,
with more flexible spaces and higher ceilings. This
meant a first floor concrete podium slab was adopted
(Figure 6), with columns to ground floor. As piles would
clash with the rail tunnels, a raft foundation was adopted,
to evenly spread the load at a high level.

Figure 7: Arrangement of internal stability walls in red

The solid panel construction is extremely robust and
versatile. All panel/panel joints are half-lapped and
screwed together, and all floor and roof panels are
directly fixed to load bearing walls (Figure 8), to form a
fully tied and robust structure.
The structure is classified as “Consequence Class 2B”
under UK Building Regulations [7]. To comply with the
requirements, effective horizontal and vertical ties are
provided throughout by the screws and nailed bracket
connections.
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strategy of using simple details to solve complex issues
minimised the requirement for bespoke fabricated
details.

Figure 8: Sketch showing typical wall to floor junction

3.3 Stability connection design
Each stability wall is designed to cantilever from the
level below. Lateral loads are transmitted through the
floor plate as shear into the head of a shear wall. This
results in a moment being generated at the base of the
panel, and a resultant tensile and compressive force.
The compression component is transmitted in bearing
through the floor plate into the wall below (discussed
further in section 3.3.4). Off the shelf high capacity
nailed brackets take the tensile component through a bolt
in the floor, into brackets below the floor plate and back
into the wall on the level below (Figure 9).

Figure 10: Connection configuration on a typical stability wall

3.3.1 Lateral stiffness
The combined behaviour and stiffness of the walls and
connection system is fundamental to the lateral stability
of the structure. When a series of these cantilevered
walls are built from a concrete podium, as in Dalston
Lane, the lateral deflection of the system is a result of
four main components (Figure 11); tensile connection
elongation, bending and shear deformations in the panel,
and transfer podium deflections.

Figure 11: The four main components of lateral stiffness

For Dalston Lane, deflection due to connection spring
stiffness was found to be the largest component at
approximately 50% of the combined deflection, and
necessitated the following approach.

Figure 9: Sketch of tensile connection through floor plate

At the ground floor, a similar configuration of shear
connectors and uplift brackets are fixed to holding down
bolts, cast into the concrete base (Figure 10). This

3.3.2 Analysis model
The ‘traditional’ approach to analysing this wallconnection system is to use an elastic triangular stress
distribution beneath the wall (Figure 12), and design the
connections accordingly.
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Figure 12: Traditional shear wall load distribution

This approach implicitly assumes that the neutral axis of
the system is at the centre of the wall. However this does
not account for the differing stiffness of the panel in
compression and the connectors in tension. When this is
considered the neutral axis shifts to approximately 1/10th
of the way along the wall. This is consistent with testing
of stability walls [8], which indicates that panels tend to
‘rock’ about the end point.
Accounting for this effect provides a longer lever arm
over which the connectors act. One can also consider
that in the ultimate limit state, some plasticity in the
metal connectors can be expected. Rather than the
triangular stress distribution, redistribution of forces into
adjacent connectors to form a rectangular stress block is
assumed (Figure 13). By adapting the panel-connection
system model to allow for these effects, a more realistic
estimate of the anticipated wall movement can be
obtained, and connections designed more efficiently.

Figure 14: Extract from bracket manufacturer's test report

3.3.3 Sway deflections
With the connections efficiently designed at ULS, the
overall stiffness of each wall system can be fed back into
the global stability analysis model. This enabled accurate
assessments of sway deflection to be undertaken. It was
identified in several locations that stiffness of the walls
needed to be increased; wall thicknesses were therefore
increased and additional connectors included, stiffening
the system.
3.3.4 Grout plug reinforcement
When utilising CLT in platform construction, an
important consideration is the deformations that can
occur at the wall-floor-wall interface due to
perpendicular to grain crushing of the floor panels and
long term creep. These settlement deformations can have
implications on façade behaviour.
On lower rise structures this movement can be estimated
and allowances made in finishes and cladding to
accommodate it. However, for Dalston Lane the
magnitude of the predicted movements was such that an
alternative strategy was required.
The solution developed saw floor plates stiffened and
strengthened locally with factory routed holes filled with
non-shrink grout on site, as shown in Figure 9. This
allowed for the direct transfer of compression forces
between wall panels, thereby reducing overall vertical
deformations of the structure.

Figure 13: Revised load distribution at panel base

Rothoblaas WHT 620 brackets were typically used
throughout on the main stability walls. The manufacturer
has tested their behaviour under tensile loading [9], and
provides an empirical value for the stiffness Kser, as well
as verification of the ductile behaviour in the ultimate
limit state (Figure 14).

A series of mock-ups of the construction details were
developed to assess the practicalities of manufacturing
and assembling the proposed details. The team worked
closely with CLT fabricator Binderholz to determine the
size, shape and tolerance of penetrations that could be
cut in the factory. A full size component of a connection
was then built, to better understand the process and
develop appropriate on site quality control procedures
for its implementation.
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Experimental testing was also undertaken with the
University of Cambridge [10] on full size specimens
comparing the load/displacement performance of both
un-strengthened and strengthened arrangements. The
testing was displacement controlled, as the behaviour of
the samples under load was unknown.
In the un-strengthened testing, the samples behaved
elastically up to an average applied load of 883kN
(736kN/m). At this point large splits formed (Figure 15),
and further loading resulted in large displacements with
some increase in capacity, with samples exhibiting
ductile failure.

Figure 17: Load/displacement plot for un-strengthened (1) and
strengthened (2) samples

3.4 Fire strategy
Unlike some other countries, the UK fire regulations do
not impose an upper limit on the number of storeys that
can be built using a purely timber construction. The CLT
structure is designed to achieve a 90 minute fire rating as
per Building Regulations Part B2 [12], which is
primarily achieved through a combination of two layers
of Type F plasterboard, and allowing the CLT panels to
char for around 41 minutes once this has fallen away.
The use of five layer panels means that even after a 90
minute fire, three layers of timber typically remain, and
the walls have sufficient structural capacity for the
reduced loading in the fire design case (Figure 18).

Figure 15: Floor panel load displacement testing (unstrengthened test shown)

In the strengthened testing, the average failure load was
1805kN. At this point some samples failed with large
pieces of grout flaking off. As displacement and loading
continued beyond this point, local buckling of the wall
occurred in some locations directly above the grout
(Figure 16). No strength gain beyond failure was
observed, making this a brittle failure.
Figure 18: CLT wall charring in fire

3.5 Design for Manufacture and Assembly

Figure 16: Strengthened testing at failure (buckling and grout
crushing shown)

Modern Building Information Modelling (BIM)
processes and an understanding of the manufacturing
process enabled a single 3D structural Revit model to be
developed from scheme design to construction (Figure
1). A coordinated design development approach with the
architect and MEP engineer enabled all the door,
window and MEP penetrations to be modelled in
advance in the structural model.

The results verified the design proposals, showing that
the instantaneous deformations under loading were
considerably reduced in the strengthened test sections.
The loads at which significant deformations occurred,
due to failure of the grout blocks, were double that of the
un-strengthened sections (Figure 17).

This model was then handed over to the CLT
subcontractor at construction. The CLT fabricator,
Binderholz, used an IFC export of the Revit model to
develop the panel splitting and cutting patterns. This data
was then fed directly into the CNC routers to fabricate
panels. Meanwhile, BKS took the connection designs
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and added further detail to the existing model, with every
bracket, screw and nail modelled and set out.
The panel fabrication model and connection models
were then federated. On site, BKS used this highly
detailed asset to order the exact number of connectors
required. Interrogation of the 3D model makes it
straightforward to set out fixings, and quickly understand
the details in any given location.

4 CONCLUSIONS & LESSONS LEARNT
4.1 On site challenges
A number of unique challenges were encountered during
the construction works.
4.1.1 Grout installation
The grout pocket detail (Figure 19), while structurally
adequate, required special care on site. The grout must
be flush with the top of the slab to guarantee a good
contact with the CLT walls, and to ensure load transfer
across the floor plate without deflection. On site it was
found that ‘non-shrink’ grout still tends to shrink when
applied in thicknesses of 140mm or greater, possibly due
to absorption of moisture by the timber. A two pass
approach was adopted, where the routed hole is filled
with grout, allowed to cure, and then a second final layer
applied, which is trowelled off for a level flush finish.

measuring position and verticality tend to accumulate
and can result in the panels not fitting together exactly as
modelled. One result of this is that floor levels may
creep upwards, and over a number of levels the
accumulated growth can be appreciable.
This effect was identified on Dalston Lane, and to
overcome it wall panel heights at each level were
reduced by small amount during machining to offset the
vertical deviation. Close monitoring of floor levels was
essential to identify the issue and track the adjusted
levels.
4.1.3 Holding down bolt detail
As discussed in section 3.3, nailed brackets transfer
uplift forces into holding down bolts cast into the
concrete podium slab (Figure 20). Cardboard cones
allow for a reasonable level of tolerance in the holding
down bolt position after being cast, however a large
number were required (typically arranged at 300mm
spacing along both sides of the stability wall in the
highest loaded areas).
Accuracy with the depth and position of anchors was
poor, in several cases necessitating redesign of
connections using post-fixed anchors, or drilling of slab
holes and fitting through bolts. Whilst this is not a timber
specific problem, it is worth noting that post fixed
anchor details avoid many of these issues, despite not
typically provide the same uplift capacity. Robust quality
assurance procedures are always necessary, particularly
at material interfaces.

Figure 19: Grout pocket installed beneath wall

The cutting of the holes for grout into the panels also
introduced some problems. Depending on the size and
location of pockets, the routed holes often interfaced
with panel half laps, butt joints, or other panel edges.
This resulted in openings cut into the panel very close to
edges, leaving only a thin strip of timber at the edge of
the panel, which often became damaged in transport or
erection. Closing up the gaps was then necessary before
the fluid grout could be poured in.
4.1.2 Erection tolerances
While CLT is factory cut to a precision of ±2mm,
additional tolerances need to be made on site to allow for
erection. Slight misalignments of panels, uneven bearing
surfaces and practical limits on the accuracy of

Figure 20: Cast in holding down anchors before wall erected

4.2 Lessons learnt
4.2.1 Stiffening detail
The grouted panel stiffening detail was complicated to
design and implement on site, which might make
alternatives more suitable for similar structures.
The effectiveness of this detail at transferring
compressive loads through the floor plate is largely
dependent on the area of grout in contact with the end
grain lamina of the wall panels above and below. When
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routing the grout openings, fabrication and erection
tolerances must be considered to avoid the loss of grout
down the side of the wall panel. This means that in
practice holes must be undersized, and the external
lamina of CLT is not fully utilised (Figure 21).

Figure 21: Underutilised bearing capacity of CLT panels due
to tolerance and erection limits on grout plug size

In addition, the grout takes up a large amount of the zone
traditionally used for screw connections from floor to
wall panels. This means that the uplift and shear
connection has to be achieved using fewer high capacity
screws or additional brackets.
Future projects might consider the use of alternative
details, such as castellated wall panels [11], factory
installed hardwood plugs, or stub steel sections. Each of
these come with their own advantages and disadvantages
when evaluated holistically.
4.3 Whole building analysis models
The method of analysing individual shear walls in a
building is somewhat conservative. While the
development and implementation of the partially plastic
shear wall analysis method discussed in section 3.3.2
yields improvement over simpler methods, there are still
other effects that could be considered as beneficial to the
stability system of the structure. These include:
 The coupling effect of lintels between shear walls
and on façade walls, with a whole façade tending to
act as a moment frame
 The additional stiffening of return walls in stability
systems, creating partially effective T or I sections
on plan
 The stiffening effect of other materials, such as the
masonry façade
Research into the possible impact of these effects could
result in a more efficient design. In practice, applying
this to a building the size of Dalston Lane or larger can
only be achieved using finite element modelling
methods. Procedures to correctly define and apply the

non-linear parameters of partial fixity at each junction in
a model are crucial to the accuracy of the final results.
4.4 How can we go taller?
4.4.1 Fire
For a taller building with habitable floor levels above
30m, UK building regulations [12] stipulate that the
structure must achieve a 120 minute fire rating. In a CLT
structure this becomes much more onerous, with any
walls under 160mm thick typically being governed by
fire design, reducing the economic viability of this
structural system. Further research into the protection of
mass timber walls in fire, for example through the use of
alternative fire boarding, could improve the costeffectiveness of timber structures greater than 30m in
height.
4.4.2 Stability
The methods and experiences described in this paper to
design the stability system of Dalston Lane have
demonstrated that CLT platform construction is nearing
the limit of its applicability for tall timber structures. It
may be possible to build a similar structure, one or two
storeys taller, perhaps by more detailed consideration of
the effects described in section 4.3. However taller
timber structures will require alternative structural
systems to provide adequate resistance to wind loading.
Structural solutions could include:
 Glulam exoskeleton bracing systems [2]
 CLT shear walls coupled to a core [13]
 Hybrid systems (e.g. concrete cores with CLT walls)
4.5 Conclusion
The use of CLT on the project was highly successful,
addressing numerous site constraints and maximising
usage of the space. The team overcame a number of
unique design challenges. Important lessons were learnt,
both in the design and construction stages, which can
inform future projects of a similar nature. With further
work and research, the authors are optimistic that the
industry can continue to grow and develop, pushing the
boundaries of timber construction to new heights.
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NEW HEIGHTS IN BUILDING WITH WOOD: CANADA’S TALL WOOD
BUILDINGS DEMONSTRATION INITIATIVE
Mohammad Mohammad1, Robert Jones2, Erol Karacabeyli3
ABSTRACT: The desire to design taller wood structures has attracted considerable interest from designers, builders,
developers, governments and other stakeholders all over the world including those in Canada. However, to expedite
market acceptance and foster commercial uptake of wood products and systems in Canada, it was necessary to
showcase high-rise applications through demonstration projects. These projects are intended to demonstrate the
feasibility and the cost-effectiveness of wood-based solutions. This paper presents a recent initiative by Natural
Resources Canada (NRCan) that is focused on the design and construction of tall wood demonstration projects and
ongoing efforts to gain acceptance of provisions that would permit the construction of tall wood buildings as
“Acceptable Solutions” in Canadian building codes. NRCan’s Tall Wood Demonstration projects initiative is making a
great impact, not only in Canada but beyond borders in international markets.
KEYWORDS: Tall wood buildings, demonstration projects, structural performance, fire safety, mass timber, building
codes.

1 INTRODUCTION 123
In the beginning of the 20th century, buildings as high as
nine storeys were constructed with traditional solid sawn
timbers in Canada [1]. These “heavy timber buildings”
formed the basis of traditional post and beam
construction. Toward the mid-20th century, that system
was replaced by reinforced concrete and steel systems in
tall buildings. However, with the arrival of modern
engineered wood products (EWP) and systems and the
development of a new generation of innovative timber
connections, tall wood buildings (TWB) are once again
being constructed. Building with this new class of large
modern wood members is called “mass timber
construction.” Mass timber products include gluedlaminated timber (glulam), structural composite lumber
(SCL), cross-laminated timber (CLT) and nail-laminated
timber (NLT).
The desire to design taller wood structures has attracted
the interest of groups from all over the globe including
Canada. More than 10 tall wood structures (less than 10
storeys in height) have already been constructed around
the world since 2010 and a new 14-storey structure is
near completion in Bergen, Norway. It was recognized,
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however, that in order to support and facilitate
acceptance for wood products and systems in Canada, it
is critical to showcase high-rise applications. This has
triggered an initiative by Natural Resources Canada
(NRCan) to support tall wood building demonstration
projects. These projects are intended to facilitate the
acceptance of tall wood buildings in Canada and enhance
Canada’s position as a global leader in wood building
construction.
This paper presents the recent initiative by NRCan
focused on the design and construction of tall wood
buildings demonstration projects and ongoing efforts to
have tall wood buildings recognized as a prescriptive
“Acceptable Solutions” in Canadian building codes.

2 NRCAN’S TALL WOOD BUILDINGS
DEMONSTRATION INITATIVE
2.1 BACKGROUND
In Canada, the federal government (NRCan) and
provincial governments see increased wood use in the
built environment as a means of reaching their
sustainability goals. The same interest is also shared by
the early adopters in the design and construction
community, and this interest has resulted in a) bringing
cross-laminated timber technology from Europe and
implementing it in Canada and the U.S. [2], [3]; b)
moving wood frame construction from four to six storeys
in Canadian codes [4]; and c) using mass timber in taller
buildings. The prefabrication and ease of assembly of
building components made with wood, coupled with
wood’s cost-effectiveness and positive environmental
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attributes, make it well-suited for use in mid-rise and tall
buildings.
2.2 EXPRESSION OF INTEREST (EOI)
To test the use of wood in larger and taller wood
buildings, NRCan launched a Tall Wood Buildings
Demonstration Initiative in the spring of 2013 in
collaboration with the Canadian Wood Council (CWC).
The initiative, funded under NRCan’s Expanding Market
Opportunities (EMO) program, builds on the success of
the Large-Scale Wood Demonstration program delivered
by NRCan between 2009 and 2011. The main goal of
this initiative is to link new scientific advances and data
with technical expertise to showcase the application,
practicality and environmental benefits of innovative
wood-based structural building solutions. This is
expected to help foster the commercial uptake of tall
wood construction in Canada.

applications. After due diligence, two projects were
ultimately chosen to proceed by NRCan – one in British
Columbia and one in Québec. NRCan funding of
incremental activities required to construct the buildings
in wood has been leveraged by provincial and forest
industry funding.
2.3 INCREMENTAL ACTIVITIES
Designing, constructing and ensuring approval of a tall
wood building by Authorities Having Jurisdiction
(AHJs) in Canada is a complex process and requires
extensive R&D and engineering efforts. This is mainly
because the approval process for tall wood buildings in
Canada is done under the “Alternative Solutions” path
specified in the National Model Building Code of
Canada and in other provincial building codes. Design
teams need to demonstrate that their tall wood building
projects can meet or exceed existing performance levels
specified for similar non-combustible constructions such
as steel or concrete buildings (fire, structural, building
envelope, and acoustic). Typically this can be
accomplished through extensive testing and engineering
analysis and in most cases, through a third party peer
review.
Generally speaking, activities funded under the program
can be grouped into three phases:
Phase 1 – preliminary design and research leading to a
building permit. Typical activities include:
o
o
o
o
o
o

Figure 1: Examples of Canadian non-residential
demonstration projects funded by NRCan (2009–2011)

As a first step, the CWC launched a formal expression of
interest (EOI) process, on behalf of NRCan, on May 6,
2013. The EOI targetted Canadian real estate developers,
designers and other organizations that were interested in
designing and constructing wood buildings of 10 storeys
or more. The constructed buildings would in turn help
showcase the commercial viability of using innovative
wood building solutions in high-rise construction,
including new composite or hybrid construction
methods. Proposals were ranked by a review panel
comprised of practicing architects and engineers,
forestry executives, and research professionals from
across Canada based upon an established set of criteria.
The panel short-listed the proposals that had the potential
to showcase new and advanced products and

Research and testing (fire, acoustics, building
envelope, connections, seismic);
Development of architectural and structural
design concepts related to the use of wood;
Developing fire protection and safety strategies
during construction and following occupancy;
Code research and interpretation and
development of code alternatives;
Development of weather protection strategies;
and
Cost analysis.

Phase 2 – detailed/final structural, building envelope,
fire and acoustics design of the demonstration projects
and final approval from AHJs. Activities include
o
o
o

Extensive fire, structural, connections, building
envelope and acoustic testing;
Demonstration of performance of wood-based
assemblies utilizing mass timber; and
Costs to obtain final or conditional approval of
the “Alternative Solution” design from
respective provincial building authorities (i.e.,
AHJs).

Phase 3 deals primarily with construction issues such as
logistics, erection, site safety, weather protection and
risk management in relation to fire during construction.
In addition, Phase 3 covers post-construction and
communication, training and education. Researchers
plan to use the demonstration buildings as a testing bed /
living laboratory where research organizations such as
FPInnovations and universities could monitor the
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buildings performance by installing various measuring
devices and conduct in-situ tests.
It was also recognized that those first-generation tall
wood buildings offer great opportunities for educating
AHJs, fire services and the general public regarding the
safety of tall wood buildings and for training purposes.
Therefore, site tours and media coverage are planned as
part of the incremental activities funded by NRCan and
its industrial and provincial partners.
A communications strategy has been developed by
funding partners with the following objectives: ensuring
the technical information developed under this initiative
is shared widely with professionals and regulatory
agencies across North America; promoting the positive
attributes of tall wood buildings; and developing the
capacity to respond to any negative media challenges in
a timely manner. The following sections provide more
specific details on the two tall wood buildings
demonstration projects short-listed under NRCan’s Tall
Wood
Building Demonstration Initiative
and
corresponding R&D activities carried out in support of
the design and approval process of those two projects.

2.4.1 Structural Design
The gravity load system is designed as a post-and-slab
concept widely adopted in concrete design. Floors are
made of five-ply CLT panels directly supported on
glulam columns on a 2.85 x 4.0 m grid with no beams.
This results in the CLT panels acting as a two-way floor
diaphragm. Two concrete elevator and stairway shafts
are the main lateral load-resisting system, which allows
the building to exceed current building code limits for
seismic performance. To avoid a vertical load transfer
through the CLT floor panels (i.e., excessive
compression perpendicular to grain stresses), an
innovative steel connector was developed by the
structural design team that allows for a direct gravity
load transfer / load path from higher- to lower-storey
columns down to the concrete foundation. The steel
connector also provides a bearing surface for the CLT
floor panels. Details of the steel connector are given in
Figure 3. The roof will be made of prefabricated sections
of typical steel beams and metal decking, with a preapplied roofing membrane to achieve quick water
tightness during construction.

2.4 BROCK COMMONS: 18-STOREY TALL
WOOD BUILDING, VANCOUVER
Brock Commons is an innovative tall wood student
residence currently under construction at the University
of British Columbia (UBC), Vancouver, Canada. It will
house 404 students in 272 studios and 33 four-bedroom
units. There will also be social and study spaces on the
ground floor for student residents and commuter
students, as well as a lounge on the 18th floor where the
wood structure will be left exposed for demonstration
purposes. This new tall wood building will advance the
university’s reputation as a hub of sustainable and
innovative design featuring British Columbia’s wood
products while also serving as a living laboratory for the
UBC community and providing students with muchneeded on-campus housing. The building is scheduled
for completion by August 2017 at a total cost of
CDN$51.5 million. Once completed, Brock Commons
will be one of the tallest wood structures of its kind in
the world at 18 storeys in height (53 m).
Brock Commons is a hybrid structure (17 storeys of
mass timber construction on top of 1 concrete storey, in
addition to two concrete shafts) – see Figure 2. The firstfloor podium level will be wrapped with curtain wall
glazing and glass spandrel panels. An extensive crosslaminated timber (CLT) canopy will run the length of the
building. The building envelope is a prefabricated panel
system clad with advanced wood fibre high-pressure
laminate.
The project’s architect is Vancouver’s Acton Ostry
Architects, which is working in close collaboration with
tall wood advisor Architekten Hermann Kaufmann from
Austria. Fast + Epp is the structural engineering firm
responsible for all the structural design aspects of the
project. RDH is the fire engineering consulting firm in
charge of the fire-safety design.

Figure 2: Brock Commons 18-storey tall wood building
demonstration project at the UBC campus, Vancouver
(Courtesy of Acton Ostry Architects Inc.)

2.4.2 Fire Safety Strategy
The fire safety design of the Brock Commons building
underwent a third party peer-review process that
involved leading fire code experts, researchers,
Authorities Having Jurisdiction and firefighters. The
building is comprised of a series of repetitive, highly
compartmentalized small rooms so that in the event that
a fire originates in one room/suite, it is extremely likely
that the fire would be contained in the compartment in
which it originated. Brock Commons has been designed
to meet the fire-resistance ratings required for this type
of building that would usually be required to be of noncombustible construction under prescriptive provisions.
Due to the characteristics of wood charring, mass timber
construction provides an inherent level of fire-resistance.
Large timber members are difficult to ignite and if they
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do ignite, they burn slowly and at a predictable rate that
can be calculated by an engineer. The fire resistance of
CLT and glulam components used in the project has
been enhanced through encapsulation, with three to four
layers of fire-rated type X gypsum board, dependent on
location (Figure 3). Moreover, sprinkler systems were
designed with back-up water and emergency power
supply to increase sprinkler reliability so the sprinkler
system will continue to function, even if the building’s
standard water and electrical systems are shut down for
one reason or another.

enhanced fire and seismic levels. As to fire-resistance,
ratings given in the SSR meet or even exceed those
required for a similar type of non-combustible
construction made of steel or concrete.
In developing the SSR, BC BSSB consulted with the
project design team, leading Canadian experts on fire
and structural engineering, UBC’s chief building official
and an independent building code consultant. Some of
the specific provisions that were required under the SSR
include the following:
o

o
o

Enhanced seismic design of the concrete
foundation and stair/elevator shafts (as per new
2015 Canadian Building Code provisions
expected to be adopted in B.C. in 2017);
Enhanced fire protection strategies (during
construction and occupancy); and
Peer review of the detailed design.

2.4.4 Research and Development Activities
The innovative, two-way point-supported CLT floor
system designed by Fast + Epp for the 18-storey Brock
Commons wood-hybrid student residence building was
evaluated at FPInnovations. Testing was conducted to
provide the design team with information on the
structural performance of the floor system under gravity
loads. Over 18 assemblies made of CLT from various
manufacturers with or without service openings were
evaluated under monotonic loads (Figure 4). Vibration
tests were also conducted on some of the assemblies to
determine the dynamic characteristics of the pointsupported floor system. The tests provided valuable
insights into the structural behaviour of this innovative,
two-way, point-supported floor system (i.e., strength and
stiffness). The tests also provided data used for
calibration of the finite element model of the 18-storey
building, and helped the design team make decisions on
selecting the appropriate CLT product for the floor
system.

Figure 3: Details of glulam column-to-CLT floor interface with
details of the steel connector used to facilitate load transfer
from columns above to those below (Courtesy of Acton Ostry
Architects Inc.)

2.4.3 Code Approval of the Brock Commons Tall
Wood Building
In British Columbia (B.C.), the Building Code allows the
construction of wood buildings as high as six storeys.
However, under B.C.’s Building Act, a site-specific
regulation (SSR) can be issued to approve a taller wood
building on a particular building site with special safety
requirements to ensure it will meet all safety
performance levels.
After consultation with the B.C. Building Safety and
Standards Branch (BC BSSB), an SSR was developed
that set safety standards for the building including

Figure 4: A photo of test setup for monotonic tests on a CLT
floor assembly conducted at FPInnovations for the Brock
Commons project (Courtesy of FPInnovations)
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Other research and testing activities planned for the
building include the following:
o
o
o
o

Testing of firestop systems for floor and wall
penetrations and interfaces as per the design
configuration;
Measuring and monitoring instrumentation;
Moisture protection and testing during
construction and occupancy; and
In-situ testing for floor vibrations, building
wind-induced vibrations, acoustics and others.

2.4.5 Mock-Up
In order to demonstrate and validate the design and
construction concepts, a two-storey mock-up was built
off-site (Figure 5). The mock-up enabled the design and
construction team to examine the process of constructing
the prefabricated structural and building envelope
components. The mock-up has also been used to study
structural, serviceability and fire-stopping performance
and is expected to provide training for UBC graduate
students and other professionals.

2.5 ORIGINE: 13-STOREY TALL WOOD
BUILDING, QUÉBEC CITY
The second tall wood building demonstration project that
was short-listed under NRCan’s EOI is the 13-storey
“Origine” project in Québec City (Figure 6). The
building includes a 12-storey wood structure on top of a
1-storey concrete podium with one underground concrete
parking garage (Figure 7). The mass timber superstructure is a combination of CLT walls (at specific
locations, elevator shafts and stairwells) and floors and
glulam posts and beams supporting the CLT floors. The
glulam posts are designed to be continuous from one
floor to the next to prevent excessive compression
perpendicular to grain of the CLT floor (similar to the
Brook Commons tall wood building demonstration
project design described above). The glulam beams are
connected to the sides of the posts and the CLT floor is
supported directly on the glulam beams. The building
was designed using “Alternative Solution” path in the
building code and is based on FPInnovations’ “Technical
Guide for the Design and Construction of Tall Wood
Buildings in Canada” [5] developed with NRCan
funding to facilitate tall wood buildings in Canada
(further details on this document are given later in this
paper). Fire resistance, acoustics, structural and
connections tests, in addition to a demonstration fire
were performed to support the design, approval and
construction of the Origine tall wood building in Québec
City. In-situ testing including acoustic and vibrations
tests and monitoring are planned.
The design team are: Architecture: Yvan Blouin
Architect, Structure: Nordic Structures and Fire
consultants: Technorm and GHL Consultants Ltd.

Figure 5: Two-storey mock-up to validate design and
construction concepts

The use of a hybrid mass timber and concrete structure
was explored by the design team to assess the technical
and economic viability for the project. Comprehensive
analysis showed that the additional cost for research,
design and construction of this “first-generation” tall
wood building in Canada amount to an “innovation
premium” of approximately 8 percent. The cost
differential is anticipated to decline as mass timber highrise design and construction practices become more
established and eventually become mainstream. External
funding sources from various funding partners for the
project fully cover the additional cost for innovation and
ensure that rental rates for suites in Brock Commons will
be equivalent to other student residences of similar suite
type and size on campus. The assembly of the mass
timber superstructure is expected to start in the summer
of 2016 following the construction of the concrete shafts
and is expected to last for 18 weeks at a minimum of one
floor per week, a major advantage to building tall with
mass timber.

Figure 6: Origine tall wood building demonstration project
planned in Québec City

The overall cost of the building will be CDN$22 million,
and construction is expected to be underway by the
summer of 2016. The building will be 40 m in height.
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2.5.1 Full-Scale Mass Timber Shaft Demonstration
Fire
One of the key features of Origine’s 13-storey
demonstration building design is the mass timber (CLT)
exit stairs and elevator shafts, which are designed to be
critical parts of the building lateral load-resisting system.
However, the 2010 Québec Provincial Construction
Code requires that exit stair shafts be of non-combustible
construction (including
mid-rise
wood
frame
construction). This is in line with the prescriptive
provisions of the 2010 National Building Code of
Canada (NBCC) [4], which required that vertical exit
stairs be constructed using non-combustible construction
and have a two-hour fire resistance rating (FRR) in
buildings greater than six storeys. The 2015 edition of
the NBCC, however, permits exit stair shafts in mid-rise
(five- and six-storey) wood frame buildings to be of
combustible construction. A recent report from
FPInnovations identified and addressed areas of possible
concerns related to the use of wood-based exit stair and
elevator shafts in mid-rise and tall wood buildings [6].
The report also discussed key fire safety issues and
demonstrated that mass timber shafts can easily achieve
the performance level required in the NBCC for similar
non-combustible construction. However, the building
regulatory authorities reviewing Québec’s Origine tall
wood building design requested non-combustible exit
stair shafts as per Québec Construction Code
requirements unless it could be demonstrated by testing
that mass timber shafts provide the same level of safety
provided by shafts of non-combustible construction.

mass timber structure was designed to replicate the
planned design of the tall wood building in Québec City
and therefore was designed, in principle, to challenge the
wall between an exit stair shaft and an adjacent
apartment (Figure 8). The specific objective was to
demonstrate to AHJs and fire services in Québec that a
two-hour non-standard severe design fire in an adjacent
apartment would have little or no effect on the shaft. The
shaft was constructed with five-ply, 175-mm-thick CLT,
encapsulated with two layers of type X gypsum boards.
It should be noted that in the demonstration fire, as per
the actual design, an additional acoustic wall was built
on the interior of the fire room adjacent to the shaft wall
to provide the level of sound insulation required by
Division B of the NBCC for a wall adjacent to an exit
shaft. The fire was extinguished after two hours with
little charring observed in the CLT elevator shaft on the
exposed side of the wall. No smoke or elevation in
temperature was observed in the shaft during the
demonstration fire. Representatives from building
authorities in Québec and Ontario were present during
the demonstration fire. The demonstration was
successful and led to approval of the mass timber shaft
for the design of the building and the associated fire
protection strategy. The demonstration was fully funded
by the Government of Québec. A detailed report titled
Full-scale Mass Timber Shaft Demonstration Fire –
Final Report was published by FPInnovations [7]. The
report documents the details of construction and outlines
the results of the demonstration.

Figure 8: Mass timber shaft demonstration fire conducted at
the NRC to demonstrate fire performance

Figure 7: An elevation of the Origine tall wood building
demonstration project showing underground concrete parking
(Courtesy of Nordic Structures)

In order to respond to the Québec building authorities’
concerns and to facilitate the approval of the combustible
mass timber exit stair shaft, a large-scale demonstration
fire was performed to evaluate the fire performance of a
full-scale three-storey mass timber shaft. The
demonstration fire was conducted at the National
Research Council of Canada (NRC) to demonstrate how
a mass timber vertical shaft intended for an elevator or
exit stairs performs under severe fire conditions. The

This demonstration will help facilitate the adoption of
mass timber exit shafts, since they have a similar fire
resistance rating, as an alternative to non-combustible
construction in future projects and, potentially, in future
editions of Canadian building codes.
2.5.2 Fire, Structural and Acoustics Testing
Additional fire resistance tests on typical encapsulated
CLT walls and floors as per the design were carried out
in accordance with CAN/ULC S101, Fire Endurance
Tests of Building Construction and Material [8]. Testing
was conducted at NRC prior to the mass timber shaft
demonstration fire. The floor assembly, which consisted
of a simulated concrete topping, 175mm five-ply CLT
panels, non-combustible glass fibre insulation and one
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layer of 16mm type X gypsum board attached to resilient
channels and Z bars, had a failure time of 2 hours, 8
minutes. The wall assembly, which consisted of a
175mm five-ply CLT and two layers of 16mm type X
gypsum board, directly attached to both the exposed and
unexposed sides of the wall, had a failure time of 3
hours, 39 minutes. The NRC test report is available and
contains additional details [9]. In addition to the fire
resistance tests on walls and floor assemblies, a fullscale exterior wall test on Nordic’s CLT system as per
CAN/ULC S134 was conducted [10]. The firestop
systems planned for use in the Origine tall wood
building for wall and floor penetrations and at interfaces
was also evaluated to validate the proposed fire
protection alternative solution design and to ensure AHJs
approval.
Structural and connections testing were carried out in
support of the design and to validate some of the design
assumptions since little data is available on those
systems. CLT balloon type shear walls and diaphragm
tests were conducted at FPInnovations to develop the
lateral load design parameters for the 13-storey mass
timber building. This is in addition to in-plane shear
strength of CLT elements for beam and shearwall
applications and CLT shear modulus evaluations.
Extensive acoustic tests for various floor and wall CLT
configurations including CLT with or without concrete
topping and various types of acoustic membranes were
evaluated at the NRC to optimize the design and ensure
that the proposed design meets the target sound
insulation levels specified in the NBCC (i.e., Impact
Insulation Class, IIC, and Sound Transmission Class,
STC).

Figure 9: CLT balloon type of shear wall tested at
FPInnovations to support the design of the 13-storey tall wood
building in Québec City (Origine)

It should be noted that the experience gained developed
from the TWB “Origine” project in Québec City and all
associated testing have been used in the design and
approval process of the world’s largest CLT residential
project in Montreal (3 @ 8-storeys CLT buildings)

where construction has already started in one of those
buildings (600,000 ft2 - 434 condo & townhouses),
Figure 10. Project is called “AROBORA” and is planned
for completion by fall 2017.

Figure 10: ARBORA CLT project in Montreal, Canada
(Courtesy of Nordic Structures)

2.6 FPINNOVATIONS TECHNICAL GUIDE FOR
TALL WOOD BUILDINGS
As part of NRCan’s TWB demonstration initiative,
FPInnovations developed and published the first edition
of the Technical Guide for the Design and Construction
of Tall Wood Buildings in Canada [5]. Under the
guidance of a working group comprised of design
consultants and experts from FPInnovations, NRC and
CWC, more than 80 technical professionals have been
involved in the development of this guide. With the use
of modern mass timber products and systems, the
construction of tall wood buildings is a goal that the
assembled team of experienced architects, engineers,
cost consultants, contractors, and researchers believe is
achievable.
Canada is one of the leading countries that was able to
build and maintain a multidisciplinary research capacity
in wood building systems in its research institutes
(FPInnovations and NRC) and universities (e.g., the
strategic research network NEWBuildS), and also
developed a critical mass of design and construction
firms who are engaged in research and have constructed
some notable wood buildings. Design teams of tall wood
buildings have specific design, construction and
maintenance challenges that need to be addressed, and
those responsible for the first demonstration buildings
have additional considerations. This technical guide is
designed to systematically address those challenges.
Intended to assist architects, engineers, building
officials, developers and owners, the guide is not specific
to any one structural solution. Rather, it establishes the
parameters and resources necessary for a capable team to
design a tall wood building that meets the performance
requirements of current building codes and the
competitive building marketplace.
The Guide is multidisciplinary and covers critical design,
construction and maintenance issues and consists of nine
chapters. Chapter 2, “The Building as a System”,
presents the "Architect’s view" of the conceptual design
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process and how this is applied to tall wood buildings.
Thoughts on the integration of all building systems, the
building envelope, performance detailing, architectural
form and function, and flexibility from the outset of the
design process are discussed. Principles and potential
solutions to help designers, owners, and construction
teams navigate through this integration process are
presented. Since tall wood buildings fall outside the
specified “Acceptable Solutions” in the NBCC, a general
discussion on code compliance following the
"Alternative Solutions" approach is also included. In
addition, this chapter includes information to assist AHJs
in establishing a process to evaluate a tall wood building
project that adopts an alternative solution.
The chapter titled “Sustainability” covers a range of
sustainability considerations and provides guidance on
how to measure the environmental performance of tall
wood buildings. Emphasis is placed on the science-based
life cycle assessment (LCA) methodology, followed by a
discussion of the various green building certification
systems and other tools applicable to tall wood
structures. The chapter titled “Structural and
Serviceability” is perhaps the most critical and detailed
one. It reflects the "Structural engineer’s view," as
structural calculations are necessary for both strength
and serviceability design. This chapter follows
performance-based principles. It covers topics that span
the entire structural design process and is intended to
give the engineer direction in finding and refining the
structural solution. In the “Considerations for
Conceptual Design” section, several existing (historical
and modern) and proposed tall mass timber and timberhybrid buildings are presented.
The sections “Design Considerations and Input
Parameters for Connections and Assemblies, and
Advanced Analysis and Testing of Systems for Design”
may be used together to obtain basic performance data
from testing materials and components for use in
computer models to assess the performance of
innovative building systems under gravity and lateral
loads. For gravity structural systems, progressive and
partial collapse is discussed. For the design of structural
systems for earthquake loads, force modification factors
for all-wood and hybrid lateral load-resisting systems
(wood/steel or reinforced concrete) are presented.
Sound and annoying vibration mitigation are important
design considerations for multi-family or multi-party
occupancies. The Guide provides general guidance to the
designer on methods that might be employed to reduce
or eliminate the issue as detraction from the occupant’s
standpoint. It also recommends the best practices for
implementation of the design solutions to achieve the
design goals and to ensure the end user’s satisfaction.
2.7 NRCAN’S TALL WOOD BUILDING DEMO
INITIATIVE: LESSONS LEARNED
o

Process is complex and requires extensive
coordination with partners and stakeholders to
ensure commitment from proponents and
mitigate/share risks

o
o
o

Need to define common R&D to optimize available
resource and facilitate information sharing
Leverage additional funding from alternative
sources
Key challenges experienced include






o
o

Code acceptance (AHJ)
Land purchase, sales and project financing
Cost-effectiveness
Builders’ capacity
IP issues

More efforts are needed for facilitating regulatory
acceptance of TWB and future code changes
Engagement and education of stakeholders is key to
broader future commercialization of TWBs.

3 ADOPTION OF MID-RISE AND TALL
WOOD BUILDINGS IN CANADIAN
BUILDING CODES
3.1 MID-RISE WOOD FRAME CONSTRUCTION
IN CANADIAN BUILDING CODES
Until recently, the NBCC restricted the widespread use
of wood in buildings taller than four storeys. This has
generally limited the use of wood in taller buildings in
Canada. Taller and bigger wood buildings beyond the
code limit on height and area could still be designed and
constructed under the “Alternative Solution” path in the
NBCC and corresponding provincial codes. However,
and as described above, such a process can be complex
and costly, as it puts the onus on designers to
demonstrate equivalency and compliance with code
provisions through credible technical information often
associated with testing and other engineering analysis.
This is the very reason that, over the past few years,
extensive research has been conducted by Canadian
research organizations such as FPInnovations, the NRC
and universities to develop technical information to
support the development of mid-rise and tall wood
building
applications.
This
state-of-the-art
multidisciplinary information was compiled under
NRCan’s Transformative Technologies and associated
provincial programs and published in the Handbook on
Midrise Wood-Frame Construction [11]. The majority of
those efforts were funded by the federal government of
Canada, provinces and by the wood industry. Recent
changes in Canadian building codes, the development of
a number of innovative wood-based products and
systems and structural solutions and the need to respond
to the evolving demands of cities for urban densification
have contributed significantly to such development. It is
worth mentioning that the 2005, 2010 and 2015 editions
of the NBCC are now objective-based codes, thus
eliminating the bias against wood that was inherent in
previous prescriptive codes (1995 and earlier editions).
In 2009, the Government of British Columbia became
the first Canadian jurisdiction to allow the construction
of mid-rise residential wood structures of up to six
storeys after it amended its provincial building code. The
valuable knowledge and experience it gained through
this process were shared with other Canadian provinces

WCTE 2016 e-book | 5824

such as Ontario, Québec and Alberta, which eventually
led to the adoption of mid-rise wood frame construction
in those provinces by early 2015. Such a move triggered
interest by the various standing committees at the
NBCC, which finally led to the adoption of mid-rise
wood frame provisions in the 2015 edition of the NBCC.
3.2 QUÉBEC ENDORSES MASS TIMBER
BUILDINGS UP TO 12 STOREYS
More recently, and following the announcement of its
“Wood Charter” in the spring of 2013, Québec became
the second province in Canada to allow the construction
of wood buildings of up to six storeys. The Charter
facilitates the increased use of wood in mid-rise
construction within the province and led to the adoption
of mid-rise wood frame provisions in the Québec
building code in 2015. With the release of the technical
guide entitled Mass timber buildings up to 12 Storeys:
Directives and Explanatory Guide (available in both
French and English) on August 17, 2015, the
Government of Québec became the first jurisdiction in
North America to officially allow the construction of tall
mass timber buildings [12]. This Guide makes reference
to the Tall Wood Building Technical Guide [5] for
detailed information and is also based on the design of
the “Origine” tall wood building demonstration project
in Québec City.
The province worked closely with FPInnovations,
Canada’s national forest research institute, to outline the
technical principles required to design and construct
wood buildings up to 12 storeys using mass timber, such
as CLT. The directives in the Guide are consistent with
the design provisions for wood construction laid out in
the NBCC and Québec’s own building code. In addition,
endorsement of the Guide by the province’s building
authority, the Régie du bâtiment du Québec (RBQ),
means that mass timber buildings (up to 12 storeys)
designed and erected according to the Guide’s principles
do not require further RBQ approval. The process is
considered as a “pre-approved” alternative solution.
The decision by the Government of Québec to support
tall mass timber buildings aligns it with countries in
Europe, where similar wood-based construction methods
are permitted. This step also builds on research and
programs supported by NRCan to encourage the
development and adoption of tall wood construction.
3.3 MOVING FORWARD WITH THE
ADOPTION OF TALL WOOD BUILDINGS IN
THE NBCC
The 2015 edition of the NBCC completed its
development cycle and was published in early 2016. The
2015 NBCC includes some significant changes with
respect to wood design as it permits wood frame
buildings that are 5 and 6 storeys tall. This is a
considerable change from the previous 4-storey limit.
The majority of the critical research that supported the
code change was, in principle, funded by NRCan and the
provinces involved. Building on the revolutionary
acceptance of 12 storeys mass timber buildings as a

“pre-approved” Alternative Solution by the province of
Québec in 2015 and with the initiation of the new code
cycle targeting the 2020 NBCC, there is an opportunity
to pursue a code change proposal targeting the adoption
of tall wood buildings (over 6 storeys) in the NBCC.
While it has been recognized that the most appropriate
approach to eliminate code barriers is to work towards
adopting a performance-based approach in the NBCC,
expectations are that performance-based code changes
would likely take more than one code cycle to complete
(i.e., potentially targeting the 2025 NBCC edition).
Therefore, it has been decided that the more realistic
approach is to plan prescriptive code changes to permit
tall wood buildings (up to 12 storeys) as an intermediate
step (a potential 2020 NBCC change). This could be
combined with a separate initiative by the NRC to
develop performance-based code requirements for fire
safety as an alternative approach to the current
combustible vs non-combustible designations (which
prescriptively limit permitted heights, areas, etc.). These
two initiatives would be supported, as needed, by
research to establish a scientific basis to validate these
changes to the NBCC.
In order to support the code change proposal and code
process and to ensure that the required technical research
is developed to address any potential concerns or issues
raised by the various technical committees at the NBCC
level, NRCan, CWC, NRC and FPInnovations will
partner to develop and deliver a research program over
the full code cycle period (four years).

4 CONCLUSIONS
The 21st century is witnessing a renaissance in timber
construction. With the introduction of new engineered
wood-based products such as cross-laminated timber
(CLT), and with recent advancements in fire, structural
and building science fields, early adopters are designing
and constructing cost-effective, sustainable buildings in
many cities throughout the world.
Canada is one of the leading countries that has
successfully built and maintained a multi-disciplinary
research capacity in wood building systems in its
research institutes and universities and has also
developed a critical mass of design and construction
firms that are engaged in research and have constructed
some notable wood buildings. In order to move this
momentum to a paradigm shift in the built environment,
NRCan and its partners lunched a demonstration
initiative to showcase tall wood buildings. Two
demonstration buildings, an 18-storey student residence
in Vancouver, and a 13-storey residential building in
Québec City were selected under this initiative.
These projects are intended to facilitate the adoption of
tall wood buildings in building codes and demonstrate
the feasibility and cost-effectiveness of wood-based
solutions.
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SEISMIC DESIGN OF A SIX-STOREY CLT BUILDING IN FLORENCE,
ITALY
Davide Vassallo1, Maurizio Follesa2, Massimo Fragiacomo3
ABSTRACT: This paper illustrates the design and construction of a six-storey residential CLT building in Florence,
Italy. All the different stages of the project are described, with a detailed description of the structural, fire and seismic
design but considering also production, transportation and construction issues. The seismic design was carried out
following the capacity design rules given for CLT buildings in a recent proposal of revision of Chapter 8 of Eurocode 8.
A detailed discussion is also presented about the solutions used for the uplift restraint connections, especially
concerning the concrete side design strength.
KEYWORDS: Multi-storey timber buildings, CLT, Linear analyses, Eurocode 8.

1 INTRODUCTION 123
Timber systems are becoming very popular in the
construction of medium to high rise buildings in
different seismic areas of Italy. The capacity of storing
carbon dioxide by displacing it from the atmosphere; the
reduced energy consumption during production,
transportation and erection compared to other
construction materials; the good thermal properties of
wood which, together with the use of insulation
materials, lead to excellent rates in the energy
performance of the overall building; and the speed of
erection due to a completely dry construction process are
some of the reasons for this increased use of timber,
particularly for school and residential buildings.
Furthermore, the excellent seismic performance is
another significant advantage of timber construction, as
was demonstrated by recent research results based on
extensive numerical simulations and full-scale tests on
multi-storey buildings [1], [2].
These reasons led to the construction of a large number
of multi-storey timber buildings in Italy in the last ten
years, most of them made with the cross-laminated
(CLT) system. The highest CLT buildings are four 9storey residential buildings in Milan, a low seismicity
area (Figure 1).

1

Davide Vassallo, dedaLEGNO, Firenze, Italy,
vassallo@dedalegno.com
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Massimo Fragiacomo, Department of Civil, ConstructionArchitectural and Environmental Engineering, University of
L’Aquila, Italy, massimo.fragiacomo@univaq.it

Figure 1: Four 9-storey CLT residential buildings built in
Milano, 2012. Courtesy of Rossiprodi Associates, Florence,
Italy.

The project of the six-storey residential CLT building
presented in this paper is part of a larger project for the
construction of two residential buildings: a four-storey (3
storeys of CLT on top of a reinforced concrete podium)
designed for 6 apartments and a six-storey entirely CLT
building designed for 39 apartments for social housing,
managed by the public housing authority of Florence,
Italy.
In this paper, the main features of the project are
presented with a special focus on the structural and
seismic design.

2 BUILDING FEATURES
The six-storey building is composed of a reinforced
concrete underground level for parking and six CLT
storeys, made with Spruce and Pine CLT panels
manufactured in Austria. All the structures are made
with CLT panels including stairs and lift cores with
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some glulam and steel beam at each level in order to
provide multiple supports to the floor panels when walls
could not be used. The building is composed of two
portions separated by a 26 cm seismic gap, one with a
regular rectangular shape and a second one with a
trapezoidal shape. The total length of the building is
approximately 61.5 m, the width is approximately 15.6
m and the total height is around 20 m. The floor plan is
approximately 865 m2 and the total floor area is 5190 m2.
Figure 2 shows the plan view of the building structure
for the 1st, 2nd to 5th and 6th storey.

Figure 3: 3D view of the building structure from two opposite
sides.

Figure 2: Plan view of the 1st, 2nd to 5th, and 6th storey of the
building.

As it can be observed from Figure 3 on one of the two
longitudinal sides of the building the longitudinal
external walls from the 2nd to the 6th floor bear on the
transversal side walls of the 1st storey, while on the other
longitudinal external side the 2nd to 5th storey overhang
with respect to the 1st storey of approximately 1.8m. On
the 6th storey there is a setback of the same length so that
the external longitudinal 6th storey walls are in
correspondence to the external longitudinal 1st storey
walls.

The timber structure is completed for the external walls
on the inner side with 12.5 mm type F gypsum
plasterboard, a 50 mm cavity for installations filled with
low density glass fibre and on the external side with 140
mm of 115 kg/m3 rock-wool insulation and two types of
external lining, plaster and ventilated wall with tiled
lining. Floors are made with 160 and 180 mm thick CLT
panels, 100 mm of lightweight concrete, double acoustic
layer, 50 mm of lightweight concrete and tiled flooring,
while the horizontal roof is made with 120 mm CLT
panels, vapour barrier, 200 mm of 100 kg/m3 rock-wool
insulation, waterproofing sheet, ventilated cavity and
PVC waterproofing coating. The details of walls and
floors construction are illustrated in Figure 4.
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P01 External plastered CLT wall

P02 External ventilated CLT wall

var
12.5

50.0

var

var
12.5

140.0

50.0

var

140.0

A
B
C
D
E
F
G

A
B
C
D
E

Description

Th. [mm]

Description

Th. [mm]

A

Type F gypsum plasterboard

12.5

A

Type F gypsum plasterboard

12.5

B

Glass wool insulation 35 kg/m³

45

B

Glass wool insulation 35 kg/m³

C

CLT panel

variable

C

CLT panel

var

D

Rock wool insulation 115 kg/m³

140

D

Rock wool insulation 115 kg/m³

140

E

Plaster

7

E

Wind and UV barrier

F

Ventilated cavity

30

G

Tiling

10

Element

S04 Inter-storey floor

Element

A
B
C
D
E
F
G
H

50.0

100.0

369.5
160.0

27.0

45

-

S12 Roof

A
B
C
D
E
F
G
H
I

var

200.0

var

120.0
27.0

Description

Th. [mm]

Element

Description

A

Tiled flooring

10

A

PVC waterproof coating

B

Light concrete 1400 kg/m³

50

B

OSB/3 panel

15
variable

Element

Th. [mm]
1.5

C

Double acoustic layer

5+5

C

ventilated cavity

D

Light concrete 400 kg/m³

100

C
D

Waterproof transpiring sheet

-

E

Separating sheet

-

E

Rockwool 100 kg/m³ insulation

200

F

CLT floor

160

F

Vapour barrier

-

G

Galsswool insulation

27

G

CLT roof panel

120

H

Type A gyspum plasterboard

12.5

H

Glasswool insulation

27

I

Type A gypsum plasterboard

12.5

Figure 4: Details of walls and floors construction.

Regarding the energetic performance, the building is
classified as a NZEB (Nearly Zero Energy Building)
Building with an energy consumption of 20 kWh/m2 per
year. A centralized system has been adopted both for
winter heating and summer air-conditioning with an airto-water heat pump. Hot water production is made by
means of a boiler and a heat pump integrated with a solar
thermal system with natural circulation. The production
of electricity is obtained through an extended
photovoltaic field placed on the roof. A controlled
mechanical ventilation with heat recovery is placed in
each apartment.

Figure 5: Static design of a CLT floor as a single piece of
approximately 15 m of length spanned over five supports.

The 1.8 m overhang in the transversal direction is
supported by the longitudinal walls hatched in Figure 6,
which bear the loads transferred by the external beams
supporting the floor panels.
1.8m overhang
over the 1st floor

3 STRUCTURAL DESIGN
The building has been designed according to the Italian
Building Code [3]. Specific rules for seismic design of
CLT buildings and capacity based design can be found
neither in the current version of Chapter 8 of Eurocode 8
[5] nor in the Italian Building Code. Therefore, the
capacity design rules and seismic detailing provisions for
CLT buildings included in a proposal of revision of the
Chapter 8 for the seismic design of timber buildings of
Eurocode 8 recently presented [4] were followed.

External
beam
supporting
floor panels

3.1 STATIC DESIGN
The first step was the static design of the CLT structural
elements for the imposed and gravity loads assessed
based on the details of wall, floor and roof panels
displayed in Figure 4. Floors generally span along the
short direction of the building. To minimize their
thickness, approximately 15 m long single panels have
been used on multiple supports, represented by the
longitudinal walls and by steel beams where necessary
(Figure 5).

Figure 6: Transversal walls supporting the 1.8 overhang of the
building from the 2nd to the 5th storey, highlighted with a
hatched pattern.

Again in order to minimize the thicknesses of the
structural CLT panels and reduce cost and seismic
weight, different wall thicknesses have been used at the
same level for each storey, depending on the load on the
single walls.
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The wall thicknesses of the 5-layer CLT panels are 180160-140-120-100-100 mm going from the 1st to the 6th
storey respectively. The lift shaft is made of 5-layer 160
mm thick CLT panels for the whole height of the
building.
Floors are made with 5-layer 180, 160 and 140 mm CLT
panels, while roof panels are made with 5-layer 120 mm
CLT panels.
Special care was taken to ensure no failure will occur on
the floor panels in the perpendicular to the grain
direction. To this aim, the Eurocode 5 [6] formulas and
the method proposed by A. Thiel, 2013 [7] were used.
3.2 SEISMIC DESIGN
3.2.1 GRAVITY LOADS AND SEISMIC
WEIGHTS
Gravity loads for the seismic combination were
estimated based on the structural and non-structural
elements considering the specifications given in Figure
4. The permanent loads G of external and internal walls
are 1.39 kPa and 1.07 kPa, respectively, for all the six
storeys. The permanent loads G of the floor and roof
diaphragm are 3.16 kPa for the inter-storey floors and
1.31 kPa, respectively. The imposed loads Q for the
floors are 2.00 kPa for residential use and 4.00 kPa for
the balconies and stairs while for the roof diaphragm no
imposed load is considered for the seismic combination.
Based on these gravity loads, Table 1 lists the total
seismic weight of each floor of the building. The total
seismic weight of the building is W = 12040 kN.

•

reduction coefficient for the seismic modification
factor taking into account the non-regularity in
elevation KR=0.8.

Figure 7: Design response spectrum adopted for the ULS and
DLS seismic design.

3.2.3 NUMERICAL MODEL OF THE SIX
STOREY BUILDING
The three-dimensional numerical model of the six-story
building was implemented in the widespread software
package for structural analysis SAP2000 [8]. A pre- and
post-processing software specifically developed by
Tecnisoft [9] was used for the input and output phases
with the procedure already detailed in [10]. As the
building was divided into two different portions by the
26 cm seismic separation, two different models have
been made. Due to length limitation, reference will be
made only to the first, rectangular shaped, portion of the
building. Figure 8 displays the numerical model of the
building extracted from the pre-processing software.

Table 1 Total seismic weight for each level of the building.

Story
1
2
3
4
5
6
Sum

Seismic weight, G + 0.3Q
(kN)
2203
2230
2230
2230
2205
942
12040

3.2.2 DESIGN SPECTRUM

Figure 8: Undeformed shape of the numerical model.

The design response spectrum for the city of Florence,
displayed in Figure 7, for a 10% probability of
exceedance in 50 years was calculated based on the
Italian National Building Code [3] with the following
parameters:
• nominal life of the structure equal to 50 years;
• design ground acceleration ag = 0.130 g;
• soil factor S = 1.5 for ground type C;
• amplification factor F0 = 2.40;
• lower limit of the period of constant spectral
acceleration branch TB = 0.156 s;
• upper limit of the period of constant spectral
acceleration branch TC = 0.469 s;
• seismic force modification factor q = 2;

The numerical model of the CLT building for linear
analysis uses shell elements for the wall panels, truss
elements for the panel-to-panel connections, and beam
elements for the lintels connecting the walls above
openings. The model described below is based on some
simplified assumptions:
• floor diaphragms are assumed to be in-plane rigid
while their out-of-plane stiffness is not considered;
• the connection between perpendicular walls is
assumed as rigid;
• the connection between floors and supporting walls
is assumed as rigid; and
• the hold-down connectors are not explicitly
modelled.
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Shell elements with membrane and bending stiffness are
used for the CLT wall panels with a typical mesh of
0.5x0.5 meters. These elements are defined with the
same length, height and thickness as the corresponding
CLT wall panels. Orthotropic material properties are
defined based on the orthotropic properties of the wood
boards of the CLT walls, the number of layers and their
thickness. The equivalent modulus of elasticity along the
two main directions is calculated as suggested by Blass
and Fellmoser [11] using the transformed section
method. The shear modulus in the plane of the wall is
assumed the same as the shear modulus of the boards or
can be reduced by 10% if no edge bonding exists
between the boards of each layer [12].
A pair of horizontal cross truss elements is used to
connect each wall to the foundation as well as to the wall
of the upper floor. The cross-sectional area and material
properties of the trusses are computed based on the
horizontal stiffness of the connections used to transfer
the shear force from the wall to the floor diaphragm
underneath. Generally, these connections consist of
angle brackets or steel plates for the base connection and
angle brackets for the inter-storey connection. The
horizontal stiffness of the angle bracket connections was
computed according to the specifications given by the
producer and based on experimental results [13].
Connections between walls and upper diaphragms are
considered as rigid, thus are not modelled both because
they are usually designed for the overstrength of the
dissipative connectors in order to satisfy capacity design
requirements and also because floor diaphragms are not
explicitly modelled but just schematized using a
kinematic constraint of rigid floor.
Vertical truss elements are used to simulate the
flexibility of the floor diaphragms perpendicular to the
grain, as the walls bear on the floor panels. Thus, the
modulus of elasticity perpendicular to grain is selected
for the isotropic material properties of these vertical truss
elements. Since the shell elements are meshed with a
grid of 0.5 meters length, the cross sectional area of the
vertical trusses is equal to 0.5 meters times the thickness
of the wall above. At the foundation level, the modulus
of elasticity of concrete is used for the isotropic material
properties. Forces in the vertical truss elements of a wall
are then utilized to calculate the tensile forces for the
design of the hold-downs, typically installed at each end
of the wall to resist uplift forces due to overturning
moments from horizontal seismic loads. It should be
noted that although hold-down anchors play a major role
in the actual lateral stiffness and strength of the wall,
they are not explicitly simulated in the linear numerical
model mainly due to their marked nonlinearity. The
hold-downs exhibit significantly different stiffness in
compression (where there is contact between wall and
floor panels) and in tension (where only the hold-downs
resist).
Figure 9 illustrates a typical schematization of a couple
of CLT wall panels and the connections at the base of
the building as well as the connections with the upper
floor walls. With this schematization, the in-plane shear
forces transmitted from the walls to the walls underneath
can be directly obtained from the axial forces of the

horizontal truss elements, while the uplifting vertical
forces are obtained from the tensile forces in the vertical
truss elements. A rigid diaphragm constraint is used to
constrain all nodes at the same level in Figure 9. It
should be noticed that a separate constraint is used to
constraint all the nodes at the bottom of the wall and all
the nodes at the top of the wall underneath.

Figure 9: Wall schematization used in the linear model (after
[10]).

A first preliminary design was made with the equivalent
static procedure defining the horizontal stiffness of each
wall proportional to its length. Although the user can
define different stiffness per unit length for each wall,
the same value is used for all wall elements at this
preliminary stage. The actual value of the distributed
stiffness is not important since only the lateral force
method of analysis is conducted for the preliminary
design and the fundamental vibration period is calculated
from the equation provided by the Italian Building Code
[3] and Eurocode 8 [5] for structures with shear walls.
The estimated vibration period of the structure in this
case is:
0.05 ∙ 19.6

0.46

(1)

Based on the results of the preliminary analysis and
design, the numerical model was built incorporating the
actual stiffness contribution of the angle brackets in the
material properties of the horizontal springs of each wall
assembly. This model was then used to perform a modal
response spectrum analysis of the structure.
Table 2 lists the fundamental periods and the associated
mass participation factors for each mode shape of the
structure. Figure 10 displays the first three mode shapes.
The first mode shape has a period of 0.71 sec that is
slightly higher with respect to the 0.46 sec computed
with the code equation This mode shape is related to
translation along the long direction of the building.
Although this may not seem logical, it is justified by the
number of windows and door openings along this
direction, leading to a lower lateral stiffness of the
building compared to the stiffness along the short
direction. The second mode shape, with a period of 0.48
sec, is related to translation along the short direction of
the building.
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Table 2 Modal analysis results
Mass
Mass
participation participation
factor for
M Perio
factor for
translation
od
d
translation
along the
e (sec)
along the
long direction
short
(%)
direction (%)
1
0.71
72.32
0.02
2

0.48

3
4

Mass
participation
factor for
rotation along
the vertical
direction (%)
4.28

0.19

76.92

1.37

0.43

4.83

1.54

74.39

0.26

14.35

0

0.4

5

0.18

0

12.01

1.05

6

0.17

0.21

1.14

9.51

Sum

91.9

91.6

91.0

The required number of shear (angle brackets) and uplift
(hold-downs) connections was calculated, based on the
results of the modal response spectrum analysis, using
the capacity design rules given in [4] for CLT structures
in Medium Ductility Class. Based on these criteria, some
structural elements are regarded as non-dissipative and
are designed with sufficient overstrength. These
elements are: (i) all CLT wall and floor panels, (ii) the
connections between adjacent floor panels, (iii) the
connections between floors and the walls underneath,
and (iv) the connections between perpendicular walls.
The connections devoted to the dissipative behaviour are
(i) the shear connections between walls and the floor
underneath and between walls and foundation (usually
steel brackets or screwed connections) and (ii) the
anchoring connections against uplift placed at wall ends
and at wall openings (usually hold-down anchors).
In order to achieve the desired dissipative behaviour the
following equation should be applied:
∙F ,
F ,
(2)
β

where FRd,d is the design strength of the ductile
component, FRd,b is the design strength of the non-ductile
(brittle) component, γRd is the overstrength factor which,
according to [4] should be taken equal to 1.3 for CLT
structures, and βsd is the reduction factor for strength
degradation due to cyclic loading which should be taken
equal to 0.8 according to [4].
The same capacity design requirements also apply at the
connection level where a ductile failure mode
characterized by yielding of fasteners (nails or screws) in
steel-to-timber or timber-to-timber connections should
be achieved and the brittle failure mechanisms such as
tensile and pull-through failure of anchor bolts and
screws, and steel plate tensile and shear failure in the
weakest section of hold-down and angle brackets
connections should be avoided.

Figure 11: Wall ID’s for the first storey.
Figure 10: First three mode shapes of the structure.

3.2.4 ANALYSIS RESULTS
The modal response spectrum analysis was conducted
for 16 load combinations accounting for bidirectional
and torsional effects. The bidirectional effects were
considered by applying 100% of the design spectrum in
one direction and 30% of it in the perpendicular
direction while accidental eccentricity was introduced by
translating the floor masses by 5% of the building length
in each direction.

Table 3 show the results of the linear analysis model in
terms of shear acting on each wall, maximum uplift
forces at each end of the wall and maximum axial load
for seismic and static load combinations. For the sake of
brevity the results are referred only to the first storey
walls, whose ID’s are displayed in Figure 11. As it can
be observed a maximum shear force of approximately 53
kN/m and a maximum uplift force of almost 500 kN
were found. For the second trapezoidal portion of the
building, values of 630 kN for the maximum uplift
forces were found.
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Table 3 Linear analysis results
Seism. Seism.
Shear Uplift
[kN/m] 1 [kN]

Seism. Seism.
Uplift 2
Axial
[kN] [kN/m]

Stat.
Axial
[kN/m]

Wall Name

Length
[m]

PTX-1-1

1.43

33.4

49.2

200.9

249.1

274.2

PTX-1-2

0.60

17.1

33.9

33.8

46.3

130.0

PTX-1-3

1.43

31.7

136.0

71.2

254.5

413.5

PTX-1-4

1.49

33.4

47.6

178.0

297.7

410.3

PTX-1-5

0.60

17.1

33.9

33.8

46.3

130.0

PTX-1-6

3.21

40.1

206.5

200.3

261.5

375.0

PTX-1-7

0.60

17.1

33.9

33.8

46.3

130.0

PTX-1-8

1.51

33.6

185.3

48.0

304.0

409.4

PTX-1-9

1.49

32.5

79.4

143.5

266.5

410.4

PTX-1-10

0.60

17.0

33.7

33.6

46.3

130.3

PTX-1-11

1.46

33.9

212.1

43.1

317.9

325.3

PTX-2-1

0.61

27.1

19.4

0.0

221.7

350.1

PTX-2-2

0.72

27.0

0.0

124.2

546.9

471.6

PTX-2-3

1.39

32.7

103.0

40.7

239.1

313.4

PTX-2-4

1.55

44.3

37.0

147.4

133.9

146.9

PTX-2-5

1.55

42.7

136.6

46.1

117.4

145.6

PTX-2-6

1.47

35.0

37.0

159.6

262.9

319.0

PTX-2-7

0.70

28.5

93.7

59.0

609.6

521.7

PTX-2-8

0.70

29.6

0.0

10.3

202.5

374.0

PTX-2-9

0.69

29.3

9.2

0.0

202.5

374.3

PTX-2-10

0.70

28.5

59.1

93.5

609.5

521.2

PTX-2-11

1.49

34.9

159.0

39.3

263.5

318.2

PTX-2-12

1.55

43.3

45.3

141.4

118.8

146.0

PTX-2-13

1.55

43.8

143.9

39.2

135.1

146.1

PTX-2-14

1.43

34.0

46.5

139.6

242.5

320.5

PTX-2-15

0.70

28.0

90.1

55.2

586.0

506.5

PTX-2-16

0.70

28.9

11.1

36.1

197.9

314.4

PTX-3-1

1.27

37.1

81.0

83.9

41.5

72.7

PTX-3-2

1.09

34.2

75.1

67.8

48.9

74.0

PTX-3-3

4.70

52.7

135.8

135.5

11.7

26.1

PTX-3-4

1.19

36.2

74.5

80.4

45.4

70.5

PTX-3-5

1.31

38.1

85.8

75.9

47.2

75.4

PTX-3-6

1.29

37.7

77.0

85.0

47.2

76.1

PTX-3-7

1.21

36.6

81.4

75.4

45.1

69.9

PTX-3-8

4.70

52.7

135.8

135.6

11.8

26.1

PTX-3-9

1.24

37.1

77.3

82.7

44.1

68.9

PTX-3-10

1.21

36.2

81.4

76.5

43.9

74.3

PTY-1-1

15.02

28.1

291.3

439.8

121.3

143.1

PTY-2-1

5.96

34.7

204.4

0.0

138.5

223.9

PTY-2-2

6.09

41.7

0.0

0.0

225.2

273.9

PTY-3-1

2.19

18.3

137.2

138.7

48.4

126.6

PTY-4-1

2.19

17.8

132.6

134.2

48.4

126.6

PTY-5-1

5.96

32.6

138.4

0.0

119.9

218.0

Seism. Seism.
Shear Uplift
[kN/m] 1 [kN]

Seism. Seism.
Uplift 2
Axial
[kN] [kN/m]

Stat.
Axial
[kN/m]

Wall Name

Length
[m]

PTY-5-2

6.09

34.5

0.0

0.0

192.1

278.2

PTY-6-1

12.95

37.3

189.7

126.7

127.7

253.5

PTY-7-1

5.96

36.7

169.0

0.0

121.8

218.1

PTY-7-2

6.09

43.6

0.0

1.2

204.9

277.5

PTY-8-1

2.19

20.6

158.6

160.7

48.4

126.6

PTY-9-1

2.19

21.7

169.0

171.2

48.4

126.6

PTY-10-1

5.96

42.0

275.0

0.0

137.6

218.0

PTY-10-2

6.09

50.2

0.0

15.5

229.0

275.1

PTY-11-1

13.05

36.4

320.3

478.2

127.7

150.0

3.2.5 DESIGN STRENGTH OF THE
ANCHORING CONNECTION TO THE
CONCRETE BASEMENT
The design of the connections to the concrete basement
was carried out according to the analysis results reported
in §3.2.4. The first problem was to found a solution in
order to resist the maximum uplift forces of 500~600
kN, also taking into account the capacity design rules at
connection level given in §3.2.4.
Following the specifications given by the main
producers of steel connection for timber structures, the
maximum design uplift forces which could be resisted by
“standard” hold-down anchors are around 122 kN and 56
kN for non-cracked and cracked concrete applications
respectively, calculated with a φ27 threaded steel bar
inserted at a depth of 300 mm into the concrete
basement. If an overstrength factor of 1.3 is considered
in order to satisfy the capacity design rules given in
§3.2.4, the resistances are even lower.
The design strength of the anchorage to the concrete
substructure, usually made through chemical bonding
anchors, is calculated according to the ETAG 001
guideline [14]. According to this document, the
characteristic strength is given by the lower value among
all the following failure modes: (i) steel failure, (ii)
combined pull-out and concrete cone failure, (iii)
concrete cone failure and (iv) splitting failure. Usually
modes (ii) and (iii) produce the lowest values, and even
when increasing the steel bar diameter and the depth
inside the concrete, the improvements in terms of design
strength are minimal. This is the case especially in the
case of cracked concrete, which is very common when
the timber building is erected over one or two concrete
underground levels, as it is the case of this building.
Even increasing the number of hold-down anchors does
not bring any significant advantage, since the governing
failure mode is in most of the cases the concrete cone
failure. In order to double up the resistance of the holddown connection and avoid at the same time this type of
failure, the two hold-downs should be placed at very
large distances (more than 500 mm), thus losing their
uplift restraint capacity.
To overcome the aforementioned problems, a special
type of hold-down anchor made with thick steel plates (5
to 8 mm) was specifically designed for this project. This
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hold-down was placed on one side or both sides and
connected to the CLT panel with annular ringed nails.
The connection to the concrete was achieved with a
purposely designed concrete base beam of the same
width of the CLT panel. In order to avoid the concrete
cone failure or any type of failure mode in the concrete
beam, anchoring reinforcing bars were placed in the
concrete beam and, in case of higher tension loads, the
anchorage was provided by steel beams inserted in the
concrete base beam. Figure 12 displays the solution
adopted for the uplift restrain connection with the
concrete basement. Similar solutions were adopted for
the shear restrain connection, made with steel plates
placed on one or both sides of the concrete base beam.

than at the 1st floor) were found from the linear dynamic
analysis, i.e. tie-down anchors made with thick steel
plates anchored to the CLT panels with annular ringed
nails. This solution was adopted for both the external and
the internal wall uplift connection.
3.3 FIRE DESIGN
The requirements concerning the fire design for
residential buildings are ruled in Italy by a Ministerial
Decree dated 1987 [15], containing the fire safety design
criteria, regardless the type of structural material used in
the construction. According to this Standard,
requirements are given for building having a “fire
height” (i.e. the maximum height measured from the
lower level of the opening of the highest livable floor
with respect to the lowest external level) of more than 12
m. According to the value of the fire height, buildings
are classified into 5 different classes (A, B, C, D and E),
and requirements are given concerning the maximum
fire compartment area, the minimum value of the fire
resistance of the structural components, the number of
stairs and lift shafts, and the reaction to fire of the
internal finishing materials of common areas.
Even if the fire height of the building (17 m) was above
the minimum height of 12 m, the maximum fire
compartment area and the reference area for each stair
case were below the minimum required, therefore no
specific requirements concerning the fire resistance of
the structure were given.
Nevertheless, all the walls are protected with a 12.5 mm
type F gypsum plasterboard (on both sides for internal
walls) on cavities filled with mineral wool which,
summed with the own fire resistance of the CLT panels,
gives a fire resistance rating ranging from 30 to 45
minutes for all the walls. Moreover, the gypsum
plasterboard finishing is classified as type A2-s1-D0
concerning the reaction to fire according to EN 13501-1
[16].

4 CONSTRUCTION OF THE BUILDING
The construction of the six storey building started on
December 14th, 2015 and ended on April 29th 2016, with
a total of 71 effective working days. Considering the
location of the building site, in a central area of Florence,
near the river Arno, the reduction in construction time
was crucial in order to keep the disruption of the daily
city traffic to a minimum.
S. Maria del Fiore Cathedral
Arno river

Figure 12: Purposely designed hold-down and shear steel
plate connection at the ground floor and view of the hold-down
connection at the building site.

The same type of solution was adopted for the uplift
restraint connections at the upper floors (2nd and 3rd)
where in some cases high uplift forces (even if lower

Building Site

Figure 13: View of the building site with Google Earth
showing with the 4-storey building almost completed and the
six-storey building construction not started yet.
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Regarding this latter aspect and considering the limited
space within the building site for the material storage,
the delivery of the structural elements to the building site
was accurately organized so that the CLT panels were
directly put in place from the truck, avoiding the storage
on the building site.
Nevertheless it was chosen to integrate the holes for all
the installations and the metal connectors directly in the
production drawings in order to reduce the construction
time but also to control the structural implications and
interferences. For the entire construction a total of 1700
m3 of CLT panels (corresponding, more or less, to 2500
Spruce and Pine trees), 40 m3 of glulam beams, 9250 kg
of steel beams and 300.000 nails were employed.
Considering both the capacity of timber of storing
carbon dioxide and its reduced embodied energy, about
3400 tons of CO2 were saved with the CLT building
construction. Figure 14 shows the construction stages of
the rectangular portion of the 6-storey building, while
Figure 15 displays the completed rectangular portion of
the 6-storey building and an internal view of the
structure during construction.

Figure 14: Construction stages of the six storey building.

Figure 15: 6-storey CLT building completed (photo of the
rectangular portion taken from the seismic separation) and
internal view of the structure.

5 CONCLUSIONS
The project of a 6-storey CLT residential building in
Florence, Italy has been presented in this paper. The
main features of the project have been highlighted and a
detailed description of the structural and seismic design
has been made. Due to the lack of specifications for
seismic design in the current edition of Eurocode 8, the
capacity design rules given in a recent proposal of
revision of Chapter 8 of Eurocode 8 have been adopted,

WCTE 2016 e-book | 5835

confirming the feasibility of the proposed requirements.
The issue of the low strength values of the currently
adopted chemical bonding anchorage used to anchor the
hold-down to the concrete basement is discussed, and
possible solution to overcome this problem presented.
Finally some information on the erection procedures is
also given.
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STRUCTURAL ANALYSIS OF CLT MULTI-STOREY BUILDINGS
ASSEMBLED WITH THE INNOVATIVE X-RAD CONNECTION SYSTEM:
CASE-STUDY OF A TALL-BUILDING
Andrea Polastri 1, Ivan Giongo2, Stefano Pacchioli3 Maurizio Piazza4
ABSTRACT: The cross laminated timber (CLT) technology is nowadays a well-known construction system, which
that can be applied to several typologies of residential and commercial buildings. However some critical issues exist
which limit the full development of the CLT construction technology: problems in handling, difficulty in assembling
and inadequate connection systems. The connectors that are usually adopted in CLT structures, derive from the light
timber frame technology and consequently might prove inadequate when employed in tall buildings (over 6 floors). The
structural design of CLT structures is also problematic because of the complexity in verifying the connectors and in
defining the actual load path within/between the panels. The various connection systems, e.g. hold-downs, screwed-in
elements and metal brackets are all to be nailed onsite, with ensuing uncertainties related to the use of different
connection systems and to the “hard-to-verify” quality of the onsite instalment operations. An innovative connection
system specifically designed for CLT structures, such as X-RAD, was analysed. The X-RAD system is characterized by
a single standard connector to be placed at the corners of the CLT panels. The connector is formed by a metal box
containing a pre-drilled hardwood insert that allows attaching the connector to the panel with fully threaded screws
inserted at different angles. A case study of a multi-storey building was selected in order to investigate the structural
behaviour of the X-RAD system and to exploit the potential of this system applied for assembling tall timber buildings.
KEYWORDS: CLT tall buildings, prefabrication, innovative connection system, structural behaviour

1 INTRODUCTION 123
The versatile nature of Cross Laminated Timber (CLT)
as a structural product has certainly helped the diffusion
of CLT buildings. CLT panels in fact, guarantee to
timber structures a high strength in both loading
directions, in-plane or out-of-plane (wall/diaphragm
configuration). In addition, when loaded edgewise, they
also offer an extremely stiff response. The CLT
technology is characterized by a high level of
prefabrication: the panels are manufactured in modern
factories equipped with computer numerical control
(CNC) systems [1]. The critical point of the whole CLT
construction method can be identified in the mechanical

connections. In the traditional CLT assembling system,
single panels are connected to the foundation and to the
panels of the upper floor through hold-down elements
and angle brackets which are nailed to the panels. These
connectors, originally designed for other construction
technologies (e.g. platform frame), have been adopted
for CLT structures with little or no modifications. As a
result, the building capacity is limited by the strength of
the connectors, which also show ultimate deformations
not compatible with the CLT panel stiffness ([2],[3],[4]).
Hence, in order to comply with the most recent and most
advanced Standards it is fundamental to develop new
and more efficient connection systems.
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Figure 1: Geometric characteristics of the innovative
connector

The innovative solution proposed [5], named X-RAD,
consists of a point-to-point mechanical connection
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system, fixed to the corners of the CLT panels [6]. This
connection, designed to be prefabricated, comprises a
metal wrapping and an inner hard wood element which
are fastened to the panel by means of full-threaded selftapping screws ([7],[8]). Such system permits to
assemble two or more panels or to connect the panels to
the foundation by the use of standard steel plates and
steel bolts.

foundation the forces generated by the external
horizontal loads.

2 EXPERIMENTAL ANALYSIS
The research and the development that led to the final
version of X-RAD was marked be several testing phases
throughout the entire process [5]. Experimental
campaigns were carried out at the CNR-IVALSA
institute of San Michele all’Adige, at TU-Graz and at the
University of Trento. In particular, the tests were aimed
at characterizing:
- the all-threaded fasteners in the in-use configuration
(hardwood insert wrapped by a metallic box, [5]);
- X-RAD connector under different loading conditions
[10];
- the wall system, where the CLT panels are fixed to
each other or to the foundation by using X-RAD
connectors.
2.1 TESTS ON THE X-RAD CONNECTOR

Figure 2: X-RAD units connected with steel plates and bolts

In the traditional CLT assembling system, the CLT walls
are connected to the foundation by using hold-downs and
angle brackets [9]. The same type of fasteners are also
employed to connect the wall panels to the floor/roof
panels. As a result, the wall panels at a (i)th level rest
directly onto the floor panels of the i-th level, which are
sitting on top of the wall panels of the (i-1)th level.
Horizontal panels are therefore subjected to compression
perpendicular to the grain. Another consequence of
having interposed floor panels (which interrupt the
continuity of vertical walls), is that a great number of
connectors is required to transfer the uplift forces and the
horizontal forces from one level to the next (Figure 3
left).

In 2014 an extensive experimental campaign was
focused exclusively on the X-RAD connector [10]. 50
specimens were tested both in “tension” and “shear”.
Monotonic and cyclic loading protocols were selected in
accordance with EN 26891:1991 [11] e EN12512:2006
[12] respectively.

Figure 4: Experimental results, F-v curve: tension (left) and
shear (right) configurations

Further testing, to determine the connector performance
under different loading configurations, is in progress
(Figure 5).

Figure 3: Load path in CLT buildings; comparison between
the traditional connection system (left) and the X-RAD system
(right)

Considering that the X-RAD connecting system is
located at the corners of the panels it is possible to create
slots where to insert the panels constituting the floor
diaphragms. By doing this, the vertical loads can be
transferred to the foundations through the direct contact
between the vertical walls. The floor panels can be
connected to the vertical skeleton by fixing them,
directly with screws, to the aforementioned slots created
into the CLT wall (Figure 3 right). In case of particularly
high horizontal design loads, vertical steel rods may be
used to link each connection to the next one (placed on
the upper/lower level) so as to transfer directly to the

Figure 5: Configurations being studied (left) and typical test
setup (right)

From the analysis of the experimental data [13] it was
possible to identify the connector elastic properties
(stiffness k, and yielding capacity fy), the failure
conditions (ultimate displacement vu and ultimate
capacity Fu), the energy dissipation (equivalent viscous
damping νeq) and the ductility (D) [10].
Table 1 gives the mechanical properties (i.e. connection
stiffness kmean and connection capacity Fmean) that were
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used for the static analyses which will be described in
chapter 3.
Table 1: Test results for different load configurations

Angle
[°]
45°
135°
0°
180°
225°

Test

n°

Cyclic
Cyclic
Monotonic
Monotonic
Monotonic

15
15
6
6
3

Fmean
[kN]
171,15
108,95
128,95
185,88
289,66*

kmean
[kN/mm]
23.63
9.00
11.80
13.40
23.01

* Tests in load configurations 225° reached the limit capacity
of testing machine

2.2 TESTS ON CLT WALLS CONNECTED WITH
X-RAD
Below, the description of the tests performed at the
University of Trento on wall systems assembled with XRAD is reported. Two tests, one monotonic and one
cyclic were conducted on a 2.5 m × 2.5 m CLT panel
connected to the steel base by means of n. 2 X-RAD
connectors (Figure 6). A cyclic test on 4-panel system
(each panel size was 1.25 m × 1.25 m) with multiple XRADs completed the experimental campaign (Figure 7).

Figure 8: Results from tests on simple CLT wall, monotonic
test (dashed blue) and cyclic test (solid blue). Composite wall
system cyclic test (red)

As will be better explained in section 4.2, the X-RAD
system implies that a structural systems is analysed by
referring not to “vertical strips of pier elements” (typical
of traditional connection systems) but to the “façade”,
assuming that the entire 2D system is resisting the
horizontal forces. The resisting mechanism in fact,
involves all the CLT panels and forces are exchanged
between adjacent vertical strips of panels. Such
interaction does not take place when hold-downs and
angular brackets are employed.

3 FE ANALYSIS OF CLT PANELS
CONNECTED WITH X-RAD
3.1 FE MODELLING OF X-RAD CONNECTORS

Figure 6: Test on CLT wall connected to the foundation with
X-RAD

Figure 9 schematizes one of the possible solutions that
can be adopted to model X-RAD with finite element
(FE) software packages. The elastic properties of the
connectors are simulated by 3 elastic springs that
reproduce the response under different loading
configurations. The spring stiffness does not correspond
to just the all-threaded screw stiffness but represents the
stiffness of the whole connection, deformability of the
X-RAD unit included.

Figure 7: Test on composite CLT wall system connected with
X-RAD

The test results in terms of applied force versus storey
drift are given in Figure 8. It is interesting to note how
the cyclic test backbone curve closely matches the curve
from the monotonic test. This evidences a reliable
response from X-RAD connections under different
loading histories.
By comparing the curves resulted from the two cyclic
tests (single panel, 4-panel system) it can be observed
that despite an obvious reduction in global stiffness
when moving from the single panel to the composite
wall system, there was no capacity decrease.

Figure 9: The X-RAD connector (left) and the 3 associated
links implemented into the FE model (right)

Such modelling approach, proved to have adequate
refinement as it provided results extremely close to the
experimental response.
However, when modelling
complex building structures, the adoption of the
schematization shown in Figure 10 is preferable. The use
of 2 link elements instead of 3, permits to improve the
computational efficiency while maintaining an
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acceptable level of global accuracy. The stiffness of the
2 elastic rods in Figure 10 is identical (25 kN/mm) and
was derived from the experimental results presented in
section 2 for the 45° and 225° loading directions.

Figure 10: The X-RAD connector (left) and the 2 associated
links implemented into the FE model (right)

The simplification introduced by the 2-link model, is
inevitably reflected in the different ability of the two
approaches of matching the experimental behaviour at
the connector level. From Table 2, it can be appreciated
how the 3-link model can reproduce the experimental
stiffness in every loading direction, while the 2-link
model falls short of accuracy for the “shear” loading
configuration (angle of load inclination = 135°).
Table 2: Comparison between experimental and FE models
stiffness of X-RAD connector in different load configurations

Angle
[°]
45°
135°
0°
180°
225°

kexp
[kN/mm]
23,63
9,00
11,80
13,40
23,01

k3links
[kN/mm]
25,00
10,00
15,00
15,00
25,00

Alternative approaches where the panel is modelled with
equivalent truss elements are possible (see Figure 11).

Figure 12: FEM of a CLT panel with X-RAD connectors,
“shell” model with compression-only links

3.2 FE MODEL OF CLT PANELS CONNECTED
WITH X-RAD
The FE model of a complex wall system, where multiple
CLT panels are connected to each other and to the
foundation by using X-RAD, can be implemented as
visible in Figure 13. The wall panels, modelled with
linear elastic 2D shell elements, are connected at their
corner joints where the link elements representing the XRAD connectors replace the shell elements. At the
interface between adjacent panels, gap elements are also
inserted.

k2links
[kN/mm]
25,00
25,00
25,00
25,00
25,00

Despite the large approximation error shown for the 135°
loading direction, the 2-link approach was adopted for
modelling the case study building that will be presented
in section 4. This because of the smaller computational
effort and also because the 2 links directly provide the
horizontal and vertical components of the force acting on
the X-RAD connectors. Gap elements (SAP2000 [14])
were also introduced in the model to simulate contact
between panels. Being such elements compression only,
they require nonlinear solution methods.

Figure 13: FE model of assembled CLT walls

3.3 VALIDATION OF FE MODEL ON THE
EXPERIMENTAL TEST DATA
Both the 2-link and 3-link modelling approaches were
validated on the results from the experimental testing on
single panel walls and composite walls carried out at the
University of Trento (refer to section 2.2).
As already mentioned, being the models based on linear
elastic material properties (except for the gap elements),
the comparison with the tests was made within the
elastic threshold of the experimental response, at a
lateral force of 100 kN. Nonlinear models able to
simulate the post-elastic behaviour of the X-RAD wall
system were also developed, the results of which will be
published in the near future.

Figure 11: CLT panel with X-RAD connectors (left) and
related FE schematization, “frame” model (middle) and
“shell” model (right)

Table 3: Comparison between experimental and numerical
results in terms of displacement at the top of the tested walls

For the determination of the modal frequencies via linear
dynamic analyses, the gap elements were removed from
model of the case-study building Chapter 6 and [15].

Simple wall°
Composite wall

Test

vtest
[mm]
16,5
26,2

vFEM,3links
[mm]
16,2
24,7

vFEM,2links
[mm]
13,1
19,2
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As can be noted from the values shown in Table 3, the 3link model matches the experimental results with
sufficient accuracy for both the single panel wall and 4panel wall system, while the 2-link model overestimates
the stiffness of approximately 25%.

By looking at the floor plant and at the elevation
drawings it is evident that the geometrical aspect ratios
are such that the building appears as “slender” in Y
direction and “squat” in X direction. Despite that, the
arrangement of the openings together with the floor
layout (floor load is transferred to the walls oriented
along the Y axis) makes it not surprising that the
magnitude of the uplift phenomena in the two directions
was observed to be comparable (see section 5).
The design loads assumed for the analyses were: 2.5
kN/m2 for diaphragm dead loads (CLT floor panel
weight included); 0.7 kN/m2 to account for CLT wall
panels; 2.0 kN/m2 for live loads. The load combinations
varied according to the horizontal action (wind or
earthquake) considered in the analysis. For the first three
levels from the ground, the thickness of the CLT wall
panels was 140 mm while for the upper levels a
thickness of 100 mm was selected.

Figure 14: FE model of the composite wall specimen tested at
UNITN

4 TALL BUILDING CASE STUDY
A case study of a multi-storey building assembled with
the X-RAD connectors was analysed under different
loading conditions. Also a variation of the number of
storey was considered. In particular 5-storey and 8storey case scenarios were studied. Both wind and
seismic action were accounted for. Areas in Italy where
wind and earthquake are most severe (Trieste and
L’Aquila respectively) were chosen as construction site
for the case study building. For sake of completeness
also a low seismic area like is Trento, was included.
4.1 DESCRIPTION OF THE CASE STUDY
The case study is representative of a multi-family
residential
building. Typical example of structure
destined to social housing, the floor plan consists of 4
living units, each one of them being 75 m2 in size
(Figure 15). A staircase and an elevator permit the access
to the upper floors.

Figure 15: Case study – Floor plan layout: structural walls in
X direction (green) and Y direction (red)

Figure 16: Case study - structural elevation,: X façade (green)
and Y façade (red)

4.2 STRUCTURAL ANALYSIS
To better understand the peculiarity of X-RAD system,
some remarks on the common analysis methods that are
used for CLT buildings realized with the traditional
connection systems are due. The presence of numerous
intersecting walls induces in CLT buildings a box-like
behaviour that is normally neglected by both the
numerical models and the analytical procedures. The
connection between orthogonal walls, usually ensured by
screw fasteners, is considered a “construction detail” and
is generally neither designed nor verified.
It is therefore quite complex to define the 3D behaviour
of a CLT structure. Taking into account the box-like
response of a CLT building requires refined analysis
procedures and advanced modelling skills: only few
research works have presented 3D models that can
effectively reproduce the interaction between orthogonal
walls in CLT structures ([16], [17], [18], [19]). Further
source of complexity can be found in the sheer number
of connection types that need to be implemented (e.g.
hold-downs, angular brackets, various types of screws in
different configurations), despite the mechanical
behaviour of some of which has not been fully
characterized yet. All these aspects result in excessive
computational complexity and a significant level of
uncertainty [20].
As already mentioned, practitioners inevitably turn to
extremely simplified assumptions which cannot take into
account the box-like behaviour and the interactions
between orthogonal walls. The structure is therefore
schematized with a series of cantilevers (Figure 17)
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connected to each other by inextensible rods placed at
the floor levels. The diaphragms are assumed as rigid
and the horizontal load is distributed among the
cantilevered walls proportionally to the wall shear
stiffness.

Figure 17: Simplified design method commonly adopted by
practitioners

Thanks to X-RAD system the CLT structure can be
analyzed by referring not to “vertical strips of pier
elements” (typical of traditional connection systems) but
to the “façade”, assuming that the entire 2D system is
resisting the horizontal forces.
The use of X-RAD connections, means that the wall
panels are connected to each other not only vertically
(panel i to panel i+1, Figure 18) but also laterally (panel
i to panel j, Figure 18). The resisting mechanism
involves all the CLT panels and ensures a force transfer
exchanged between adjacent vertical strips of panels.
4.3 FE MODELLING OF A 3D STRUCTURE
In section 3, details about how to model via finite
elements both single-panel walls and multiple adjacent
walls assembled with X-RAD are given. However, to
analyse a full building, a step forward is required and the
2-link / 3-link wall models need to interact with each
other in a 3D space.

Figure 18: CLT structure assembled with X-RAD (left) and its
structural schematization (right)

Being all X-RAD connectors identical (same mechanical
behaviour) no matter what the wall arrangements are, it
becomes straightforward to model the structure by using
a series of 2D wall macro-components (meshed with
linear elastic membrane elements) located on
independent orthogonal planes but connected at their

corner nodes with the link elements described in section
3.1.
The numerical tool used for modelling the case study
presented in subsection 4.1 was SAP2000 [14]. Figure
19 shows the FE model for the 5-storey version of the
building.

Figure 19: 5-storey FE Model (without vertical tie elements),
shell elements (grey) and X-RAD frame elements (blue)

5 STRUCTURAL ANALYSIS OF A
CASE STUDY
A case study of a multi-storey building assembled with
the X-RAD connectors was analysed under different
loading conditions, taking into account both wind and
seismic actions. Numerical models specifically
developed for the X-RAD system and provisions from
current Standards documents were used. Finite element
(FE) models were implemented in order to study the
mechanical behaviour of the whole structure. Particular
care was adopted when determining the load paths and
the actions on the X-RAD connectors for the different
load combinations.
5.1 CASE STUDY VARIATIONS
As pointed out by research works available in literature
([16],[17],[20]), the most stressed structural elements in
tall buildings are the connectors that transfer the uplift
forces to the ground. Typically this role is taken on by
the hold-downs while in buildings assembled with the XRAD system are the X-RAD connectors that come into
play. They can resist uplift forces up to 150 kN and
consequently can be considered adequate for most
applications. However, in areas characterized by
“extreme seismicity”, vertical tie elements that span
from the foundation level to the roof can be employed to
help tie the building to the ground. Such elements are
placed to either side of the wall systems.
The tie elements are constituted by steel plates (for the 5storey case a cross section of 140 mm × 10 mm was
adopted) that can be fixed to the X-RAD connections by
means of bolts.
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the T1 values obtained from the simplified formula
suggested by Eurocode 8 and the T1 values given by the
FE models discussed in section 6.
5.3 FEM ANALYSIS RESULTS

Figure 20: 8-storey case study, shell elements (grey), X-RAD
frame elements (blue) and tie frame elements (green)

The list of the analysed case scenarios includes:
- 5 storeys, low seismicity;
- 5 storeys , wind action;
- 5 storeys (vertical tie elements), high
seismicity;
- 8 storeys (vertical tie elements), low seismicity;
- 8 storeys (vertical tie elements), wind action;
- 8 storeys (vertical tie elements), high
seismicity.
5.2 SESMIC ANALYSIS
The earthquake action for the various case scenarios was
calculated according to Eurocode 8 [21] and the
associated Italian regulation code [22].

Equivalent static analyses were performed using the FE
model described in Section 3. For the “wind” load case
scenario, distributed pressure was applied to the walls to
simulate wind forces, while the vertical load on the
floors was taken so as to maximize the effects of the
horizontal action [22]. As concerns the seismic analyses,
the earthquake force was introduced into the models at
the floor levels as suggested by [21] and [22] for regular
structures (simplified procedure). The combination
coefficient for vertical loads was that corresponding to
the seismic load combination.
Thanks to the model relative simplicity, the evaluation of
the internal forces for the various structural elements is
straightforward:
- Because the CLT panels are modelled by shell
elements, the panel verification can be done by
referring to the stress values of the most stressed
element;
- Being X-RAD connectors schematized by 2
orthogonal frame elements (elastic rods), the force
level on such rods provides the input for a direct
comparison with the failure surface described in [24];
- Vertical ties can be verified in accordance with [25]
by reading the force components on the frame
elements representing them.
The 5-story version of the case study building without tie
elements, satisfied the standard requirements for the
“low seismicity” and wind loading conditions [Table 4].
At present X-RAD connectors come in one-size only.
Therefore, to guarantee that the connection system is
adequate, just the most loaded joints need to be verified.
Not surprisingly, the highest force level was registered
for the connectors located at the ground level (Figure 22
on the left). The connector in position A (Figure 15) was
the most severely loaded when the seismic action acted
along the X axis, while the one in position B (Figure 15)
was the most stressed by an earthquake parallel to the Y
axis.
Table 4: Results of 5- storey tall building FE analysis

Vb

Figure 21: Design spectra for high seismic areas (above) and
low seismic areas (below).

Design response spectra for ground type C were
selected. The PGA was taken equal to 0.26g
(corresponding to the PGA of L’Aquila city that is
characterized by one of the highest values in Italy). A
building importance factor  = 0.85 was assumed. The
seismic action was calculated by applying an initial
reduction factor q of 2 to the elastic spectra [21]. The kr
coefficient was taken equal to 1.0, as for regular
structures. Figure 21 shows the adopted design spectra,

XRAD

Load
case
Wind
Low s.
High s.

Uplift
XRAD

[kN]
[kN]
X direction
18.7
91.5
12.6
27.7
45.8
99.6

Uplift

Vb

Uplift

Tie El.

XRAD

[kN]

[kN]
[kN]
Y direction
24.3
2.6
21.0
94.6
68.4
78.8

271.2

XRAD

Uplift
Tie El.

[kN]
181.1

From figure 22 (on the right), the interaction between
two adjacent strips of panels due to X-RAD coupling
effect can be appreciated. The two vertical strips in fact,
thanks to the shear forces exchanged at the interface by
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the X-RAD connectors, behave as a single cantilever
fixed at its base. The maximum uplift force measured on
the central connectors at the base of the wall was 41.3
kN, significantly smaller than the 96.4 kN registered for
the lateral connectors. This is an indicator of the coupled
response from the two strips.

Figure 24: Resultant forces in the tie and X-RAD elements
(left) and a close-up on forces at the foundation node. X-RAD
shear stress is in “red”, X-RAD uplift is in “blue”, tie uplift is
in “light blue” (right)

Figure 22: 5-storey building without tie elements (wind
loading), uplift forces on the connectors (left) and deformed
shape (right)

As already mentioned, for the “high seismicity” case
scenario, vertical tie elements were introduced into the
model to help transfer the uplift forces to the foundation.
The ties were connected to the X-RAD connectors at
each storey level (Figure 23).

Figure 23: Schematization of different resisting systems (left)
and a close-up on the finite elements at the connection node

As regards uplift forces, two different resisting systems
can therefore be identified (Figure 23):
1. Vertical tie elements;
2. CLT panels + X-RAD connectors.
The two systems work in parallel and consequently a
higher quota of the uplift force is absorbed by the most
stiff system of the two: the ties (Table 4 and Table 5).
An example of the force distribution registered for the
vertical ties is reported in Figure 24. The tensile force in
the ties increases from one level to the next below. Such
regular “staircase” distribution is not always to be
expected, for example when multiple structural systems
(with different stiffness distributions over the building
height) are responsible for the lateral load carrying
capacity [15].

Table 5 gives the forces obtained from the analyses on
the 8-storey building (with ties) for X-RAD connectors
and tie elements: in case of severe earthquakes (highly
seismic areas), the element capacity is exceeded and the
building safety is not guaranteed.
Table 5: Results of 8- storey tall building FE analysis

Vb

XRAD

Load
case
Wind
Low s.
High s.

Uplift
XRAD

[kN]
[kN]
X direction
19.9
26.4
29.2
52.2
83.2
198.7

Uplift

Vb

Uplift

Tie El.

XRAD

[kN]

[kN]
[kN]
Y direction
45.4
-12.2
42.9
7.3
126.3 164.8

127.4
350.2
1011

XRAD

Uplift
Tie El.

[kN]
-63.3
13.6
866.3

The simplified static analysis procedure contained in
[21], provides a T1 value close to the values
corresponding to the plateau of the spectrum, resulting in
extremely high inertial forces. The period value derived
from the numerical model (Figure 21) suggests that the
use of the simplified formula might lead to an
overestimation of the seismic force. However, additional
investigation (e.g. on different layouts and even higher
buildings) is required to further validate such outcome.

6 DISCUSSION
The numerical results shown in the previous section
indicate that the X-RAD connectors proved to be
adequate in all the case scenarios except for an 8-storey
building placed in a highly seismic area.

Figure 25: 5-storey building with tie elements (high
seismicity), first vibration mode – Y façade – T1=0.65 s, 75% Y
mass, second vibration mode – X facade – T2=0.47s, 80% X
mass.
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With a minor modification of the model (i.e. removing
the “compression only” spring elements [15]), linear
dynamic analyses were performed in addition to the
“static” analyses presented so far. Linear dynamic
analysis was used to control if the first vibrational modes
were actually “translational” as requested by standards
when adopting equivalent static procedure (torsional
modes are admitted for the higher modes only).
In Figure 21 the natural periods calculated for the 5storey and 8-storey building according to the simplified
formula provided by [21] are reported together with the
numerical results. The formula appears to largely
underestimate the period of vibration of tall buildings
characterized by slender lateral-load resisting structures.
For the 5-storey building modeled with ties, the FE
analysis provided a T1 very close to the “plateau range”
while for all the other cases extremely large period
values were registered. It is worth noting that the models
did not account for secondary effects that contribute to
stiffen a real building (e.g. presence of multi-span CLT
floor panels and non-structural elements).

7 CONCLUSIONS
Over the next 20 years, a strong need for rebuilding large
derelict areas is expected in most of the major cities. In
this scenario, timber constructions and CLT structures
represent quite competitive building technologies, thanks
to their assembling speed and high structural
performance. Being highly prefabricated and suitable for
tall buildings, the X-RAD system can surely foster the
development of the CLT technology. The paper
presented different case-studies of tall buildings
assembled using this innovative system.
Analysis results regarding 5-storey and 8-storey
buildings, subjected to horizontal loading due to seismic
or wind action, were presented.
Further analysis focused on non-linear FE models is
recommended for a better understanding of the
mechanical behaviour of the different “X-RAD
solutions” (e.g. with or without ties) studied in the paper.
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LATENT HEAT SORPTION PHENOMENA IN THREE BUILDING
MATERIALS: NORWEGIAN SPRUCE (PICEA ABIES), GYPSUM BOARD
AND CONCRETE
Stergiani Charisi1, Dimitrios Kraniotis*,2, Christoph Brückner3, Kristine Nore4
ABSTRACT: Hygroscopic materials exhibit moisture buffering capacity which can regulate the indoor relative humidity
(RH) and may lead to potential energy savings. When RH increases indoors, hygroscopic materials absorb vapour from
the surrounding air that consequently undergo a phase change - from vapour to water in the hygroscopic structure of the
material. The energy released during this phase change is the latent heat of sorption. This study compares the hygrothermal
behaviour of three typical building materials, i.e. untreated Norwegian spruce (picea abies), uncoated gypsum board and
concrete, under various moisture protocols and using thermography techniques. For recording the variations of the
materials, surface temperature thermography techniques have been employed. The results show that the hygroscopic
materials, Norwegian spruce (picea abies) and gypsum board, have the ability to rise above their initial surface
temperatures after the moisture buffering and latent heat sorption phenomena that take place due to increased indoor RH.
KEYWORDS: moisture buffering, latent heat of sorption, hygroscopic materials, thermography techniques

1 INTRODUCTION 123
Hygroscopic building materials are considered a
promising solution for the building envelope that can
contribute to the improvement of indoor air quality and
thermal comfort, as well as to the energy performance of
buildings. Their ability to absorb and release moisture is
known as the moisture buffering phenomenon. Moisture
buffering can regulate the relative humidity (RH) levels in
buildings and thus improve indoor air quality. Moreover,
moisture buffering can reduce the requirement for
ventilation and, consequently, alleviate the energy
demands of a building. The moisture buffering capacity of
wooden surfaces and its contribution on damping RH
levels indoors has already been reported [2-5]. Wood as
hygroscopic material has the capacity to absorb moisture
and thus to moderate the indoor RH in a building,
resulting in lower ventilation demand. In addition, when
moisture migrates in hygroscopic structures energy is
released through latent heat phenomena. The variation of
moisture content in wood hold a potential for contributing
in the buildings energy balance.
Furthermore, moisture and heat transfer are coupled
phenomena. During the moisture exchange, the
hygroscopic materials absorb water vapor from the
surrounding air and the humidity undergoes a phase
1
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2 Dimitrios Kraniotis (corresponding author), Norwegian
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change, transforming from vapor in air to water that
accumulates in the hygroscopic pores of the material. The
energy that is released during this phase change is known
as the latent heat sorption [5]. More specifically, the
moisture uptake of hygroscopic building materials has an
immediate impact on their surface temperature. The
surface temperatures of the materials can exhibit
significant increase as a result of the moisture
accumulation in their structure. The moisture load is
considered the critical factor affecting the surface
temperature increase that takes place in hygroscopic
materials [6].
Latent heat is the amount of heat required for the phase
change of substance without any temperature change in
the substance. When condensation occurs from a vapor
phase to a liquid phase heat is released is at a rate of 2501
J/kg of vapor condensing at 0 °C6. This is the latent heat
of vaporization of water Hv. In typical indoor
temperatures, i.e. 10 – 30 °C, it varies from 2477.7 to
2430.5 J/kg. The enthalpy of sorbed water is less than the
one of liquid water and the differential heat of sorption
ΔHs has to be added at the latent heat of vaporization of
water in order to equal the total latent heat of sorption H m
of bounded water in the cell walls of a wood structure.
Thus, the latent heat of moisture Hm is the sum of the latent
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heat of vaporization of water Hv and the differential heat
of sorption ΔHs, described by the following equation [3]:
Hm = Hv + ΔHs
This study investigates the hygrothermal properties of
three building materials: untreated Norwegian spruce
(picea abies), uncoated gypsum board and concrete. The
three building materials were tested under various
protocols of moisture load and vapor release. For
recording the temperature variations on the surface of the
materials, thermography techniques have been employed.
Thermography has already been reported as an
appropriate and accurate method to document latent heat
release when the levels of RH change indoors [7].
Previous experimental studies revealed the potential of
untreated wooden surfaces to increase their surface
temperature during moisture uptake [7]. The study results
suggest that the surface temperature of hygroscopic
materials, such as Norwegian spruce and gypsum board,
increase significantly due to the moisture absorption and
latent heat sorption phenomena. On the contrary, concrete
does not demonstrate such hygrothermal behavior.
Moreover, the surface temperature rise seems to depend
on both moisture load and period of time of moisture
release, with moisture load being the dominant factor.

2 METHODOLOGY
The moisture buffering and latent heat sorption
performance of the three building materials were defined
through experimental conduction. The procedure included
monitoring of the indoor conditions and employment of
thermography techniques to measure the surface
temperatures of the building materials.
2.1 EXPERIMENTAL SETUP
A test box was built specifically for the purposes of the
experimental procedure. The test box is made of wooden
panels that have width 1cm and its exterior dimensions are
820 x 380 x 380 mm. The approximate internal volume of
the box is V = 0.1m3. The top side of the box was adjusted
to move in order to have access inside the test box.
The interior surfaces of the box were covered with
aluminium foil. The use of aluminium foil serves the
thermography techniques. The samples of the Norwegian
spruce and the gypsum board have dimensions 8cm x
12cm x 1.5cm, while the concrete sample is 100 x 100 x
15 mm. The building material samples were placed on one
side of the test box (Figure 1). On the same side, a tube
was fixed over the sample positions. The tube was used
for releasing vapour inside the test box. The samples and
the tube are positioned symmetrically over the horizontal
axis of the test box.
On the side across, the thermal camera was fastened, also
symmetrical to the horizontal axis. The symmetry was
preferred in order to avoid errors and deviations that may
occur due to incommensurate distribution of vapour over
the material samples. The sensor used for temperature
and RH measurements was placed near the bottom of the
box. Since the volume of the test box is relatively small,

the temperature and RH levels are considered to adapt
directly to any change throughout the whole test box. As
a result, it was not necessary for the sensor to be placed in
the geometrical centre of the test box.

Figure 1: Plan view and section of test box, with the instruments
used. Dimensions in m.

2.2 PROCEDURE AND CONDITIONS
During the experiments conduction, the test box was
located inside a climate chamber, where the conditions
can be maintained steady. The indoor temperature was set
at 23 oC, while the RH of the chamber was approximately
at 40% .
At first, the test box was left with the top side open for
about an hour in order for its internal volume to adjust to
the climate chamber temperature and RH. After the test
box had obtained a temperature of 23 oC, the top side was
closed and the thermal camera, as well as the T and RH
sensor started recording simultaneously. The first 10
minutes of recording the test box remained empty in order
to get the reflected temperatures of the positions where the
samples were later on placed.
The reflected temperatures are necessary during the
analysis of the thermal images. Afterwards, the material
samples were placed inside the box in the pre-described
positions and the recording continued without any
alteration for 20 more minutes. Subsequently, vapour was
released inside the box through the tube, using a
humidifier that was connected to the other edge of the
tube. The recording lasted for 60 more minutes. The total
recording time for every experimental conduction was
approximately 100 min.
2.3 TEST CASES
The same methodology was followed for four protocols.
The protocols differentiated between moisture load and
duration of vapour release. The four protocols that were
tested are the following:

1 gr of vapour released within 2 minutes

1 gr of vapour released within 4.5 minutes
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0.6 gr of vapour released within 2 minutes

0.6 gr of vapour released within 4.5 minutes
14 experiments were conducted in total. The first 5
experiments regarded the protocol 1 and the rest 9
experiments were equally divided to the rest 3 protocols.
The four protocols are briefly presented in Table 1.
Table 1: Tested protocols

moisture
load

duration
(vapour
release)

experiments
conducted

Protocol 1

1 gr

2 min

5

Protocol 2

1 gr

4.5 min

3

Protocol 3

0.6 gr

2 min

3

Protocol 4

0.6 gr

4.5 min

3

where

V = the internal volume of the test box
It has already been mentioned that a common humidifier
was used for releasing vapor inside the test box. The
procedure, which is described below, was followed to
define a rather accurate way to apply specific moisture
loads for the four protocols during the experimental
conduction.
Before the vapor release, the ambient temperature T and
RH inside the test box are known. They were measured
by the RH and T sensor that was placed inside the test box
and they are similar to the temperature and humidity
levels of the climate chamber. In every experiment, the
initial ambient temperature Tair,i and RHair,i was measured
at 23 oC and 40% respectively.
As a result, the initial partial pressure water vapor pw,i, the
initial density of water vapour ρw,i and the initial mass of
water vapor mw,i inside the test box can be calculated
through equations (3), (4) and (5) respectively.
For given moisture load mw,load, the final mass of water
vapor mw,t inside the test box can be calculated
𝑚𝑤,𝑡 = 𝑚𝑤,𝑖 + 𝑚𝑤,𝑙𝑜𝑎𝑑 (6)
Since the internal volume of the test box is known,
V=0.1m2, as well as the final mass of water vapor mw,t, it
is also possible to calculate the necessary final density of
water vapor ρw,t inside the test box after the vapor release
𝜌𝑤,𝑡 = 𝑚𝑤,𝑡 /𝑉 (7)

Figure 2: Surface temperatures of the three tested building
materials. The red lines correspond to the peak of RH inside the
test box.

The maximum saturation pressure of the water vapour in
moist air is expressed by the equation:
7235
)/𝑇 8.2
𝑇

𝑝𝑤𝑠 = 𝑒 (77.3450+0.0057𝑇−

(1)

Relative humidity can be expressed as the ratio of the
vapour partial pressure of air to the saturation vapour
partial pressure of the air at the actual dry bulb
temperature
𝑅𝐻 =

𝑝𝑤
𝑝𝑤𝑠

∗ 100%

(2)

2.4 MEASUREMENTS

From the equations (1) and (2) it is possible to calculate
the partial pressure water vapor
𝑝𝑤 = 𝑅𝐻 ∗ 𝑝𝑤𝑠 = 𝑅𝐻 ∗ 𝑒 (77.3450+0.0057𝑇−

7235
)/𝑇 8.2
𝑇

The density of water vapour is given by the equation
𝜌𝑤 = 0.0022𝑝𝑤 /𝑇

(4)

and the mass of water vapor is given by the equation
𝑚𝑤 = 𝜌𝑤 ∗ 𝑉 (5)

Applying equation (7) to equation (4), the necessary
partial pressure of water vapor pw,t is calculated. After a
few trials of vapor release inside the test box, it was
measured that when the RH levels increase by 50%, the
ambient temperature T of the test box is reduced by 1 oC.
Taking this fact into consideration and applying the
necessary partial pressure of water vapor pw,t into equation
(3), the desirable level of RH after the vapor release was
defined.
As a result, it was calculated that for achieving vapor
release of 1 gr of water vapor, the RH inside the test box
should increase approximately from 40% to 95%. As it
was expected, the ambient temperature dropped from
23,5 oC to 22.5 oC (Figure 3). The same methodology was
followed in order to define the RH limits for moisture load
of 0.6 gr. It was calculated that for 0.6 gr of vapor release,
the RH inside the test box should increase approximately
from 40% to 70%. The corresponding ambient
temperature decreased from 23.5 oC to 23 oC (Figure 4).

(3)

The logged data for the Tair and RHair levels inside the test
box were extracted by the T and RH sensor (Figure 3 &
Figure 4). The sensor was logging the temperature and
humidity levels throughout the 100 minutes of
experimental conduction. The volume of the test box is
significantly small and the temperature and RH levels are
considered homogenous throughout the whole test box.
Furthermore, thermography techniques were employed to
define the surface temperatures of the material samples.
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There are three types of radiation source, distinguished by
the ways in which the spectral emittance of each varies
with wavelength.
 A blackbody, for which ελ=ε=1
 A graybody, for which ελ=ε=constant less than 1
 A selective radiator, for which ε varies with
wavelength
Infrared cameras use the Stefan-Boltzmann formula,
adjusted for a graybody radiator:
𝑊 = 𝜀𝜎𝛵 4 (10)

Figure 3: Temperature and RH inside the test box (1gr of water
vapour release)

which expresses that the total emissive power of a
graybody is the same as a blackbody at the same
temperature, reduced in proportion to the value ε of from
the graybody.
However, when viewing an object, the thermal camera
receives radiation not only from the object itselft, but also
from the surroundings reflected via the object surface and
the atmosphere itself. Thus, the total amount of energy
leaving a surface as radiant heat depends both on the
surface temperature and on the ambient temperature and
is given by adjusted Stefan-Boltzmann equation:
4
𝑊 = 𝜎𝜀(𝑇𝑠4 − 𝑇air
)

where

Ts = the surface temperature
Tair= the ambient temperature

Figure 4: Temperature and RH inside the test box (0.6gr of
water vapour release)

2.4.1 Thermography techniques
An advanced thermal imaging camera was monitoring the
interior of the test box during the experiments. The
thermal camera was specifically focused on the building
material samples. Thermography techniques are based on
the Stefan-Boltzmann law which states that the total
emissive power of a blackbody is proportional to the
fourth power of its absolute temperature:
𝑊𝑏 = 𝜎𝛵 4 (8)
where σ=5.67*10-8 W/m2K4 is the Stefan-Boltzmann
constant.
Another factor, called the emissivity, is also required to
describe the fraction ε of the radiant emittance of a
blackbody produced by an object at a specific
temperature. The spectral emissivity is defined as the ratio
of the spectral radiant power from an object to that from a
blackbody at the same temperature and wavelength.
Mathematically, this can be expressed as the ratio of the
spectral emittance of the object to that of a blackbody:
𝜀𝜆 =

𝑊𝜆𝜊
𝑊𝜆𝑏

(9)

An infrared camera measures the emitted infrared
radiation by the monitoring surfaces. The fact that
radiation is a function of object surface temperature
makes it possible for the camera to calculate and display
the corresponding surface temperatures. However, the
radiation measured by the camera depends also on the
emissivity of the objects monitored. Radiation also
originates from the surroundings and is reflected in the
object. The radiation from the object and the reflected
radiation will also be influenced by the absorption of the
atmosphere. To measure the temperature accurately, it is
therefore necessary to compensate for the effects of a
number of different sources.
The operator has to supply a number of parameter values
for the calculation:
 the object emissivity ε
 the relative humidity RHair
 the ambient temperature Tair
 the object distance from the thermal camera
 the reflected apparent temperature T refl
The most important parameter to set correctly is the
emissivity of the objects monitored. Since the emissivity
of building materials may vary depending on their
properties, the emissivity of the three specific building
materials used (Norwegian spruce, gypsum board,
concrete) were determined accurately through an
emissivity test suggested by the manufacturer of the
camera. The first necessary step for the calculation of the
emissivity, is the determination of the reflected apparent
temperature Trefl. The method used to calculate the
reflected temperature is known as the ‘reflector method’.
A piece of aluminum foil is crumbled and afterwards is
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unscrambled and attached to a cardboard which is placed
in front of the object, whose emissivity is going to be
calculated. The infrared camera points to the object, while
the emissivity is set at 1.0. The temperature recorded
corresponds to the reflected apparent temperature T refl.
After the reflected temperature has been determined, a
piece of electrical tape with known high emissivity is
placed over the sample. The sample is heated at least 20
K over the room temperature. The surface temperature of
the electrical tape is calculated based on its emissivity
(usually around 0.98). Lastly, the camera focuses on the
sample and its emissivity is changed until the temperature
agrees with the temperature recorded for the electrical
tape. Once the temperatures agree, the emissivity of the
object has been determined accurately.
After the recordings, the videos were edited and the
required values were included to the software in order to
extract the correct sample surface temperatures. The
emissivity values for the Norwegian spruce, concrete and
gypsum board was calculated at 0.76, 0.89 and 0.79
respectively. For the RHair and Tair inputs, the average
values taken from the RH and T sensor were used. The
object distance from the thermal camera was always
steady at 0.8m.

(b)
Figure 6: Thermal camera snapshot before vapour release (a)
and during vapour release (b)

The interior walls of the test box were completely covered
with aluminum foil in order to determine the reflected
temperature of the surroundings T refl. Aluminum foil has
low emissivity (ε=0.04) and high thermal conductivity
(λ=235 W/mK). As a result, the surrounding walls hardly
contribute to undesired reflections on the monitored
targets and obtain almost instantly the same temperature
as the ambient temperature inside the test box. Therefore,
the reflected temperature T refl was set at approximately
23.5 oC, which corresponds to the initial ambient
temperature Tair,i inside the test box.
The thermal camera was recording using an interval of 1s.
After the video edition, which was mentioned above, the
average surface temperatures of the monitored samples
were calculated and plotted through the relevant software.

3 RESULTS AND DISCUSSION
3.1 TEST BOX
The results from the measurements, regarding the
temperature and RH conditions inside the test box are
shown in Figure 2 and Figure 3. The rapid increase of RH
leads to instant drop of the ambient temperature. The drop
of the room temperature is considered normal, since the
density of water vapour increases due to vapour release
and temperature is inversely proportional to density of
water vapour (Equation 4). As it is expected, the
temperature recovers to its initial levels as the RH
gradually decrease back to its initial value.

Figure 5: Material samples set-up inside the test box

3.2 SURFACE TEMPERATURES OF THE
SAMPLES

(a)

Thermography techniques were used in order to measure
the radiation emitted and consequently to calculate the
surface temperatures of the material samples. In all cases
Norwegian spruce presents the most hygroscopic
behaviour among all three building materials and obtains
the highest surface temperature. Gypsum board, which is
also considered as hygroscopic material, presents slightly
lower increase than spruce, while concrete’s surface
temperature change is considered negligible.
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Figure 7: Surface temperatures of the samples for Protocol 1 (5 experiments)

Figure 8: Surface temperatures of the samples for Protocol 1 (3 experiments)

3.2.1 Protocol 1
During Protocol 1, 1gr of water vapour was released
inside the test box within 2 minutes. The RH raised from
40% to 95%, while the ambient temperature dropped from
23.5 oC to 22.5 oC. When the vapour was released inside
the test box, the surface temperatures of the samples
dropped instantly. This phenomenon is due to the cold
vapour coming in contact with the surfaces and the heat
exchange that takes place. However, the surface
temperatures of the hygroscopic materials, Norwegian
spruce and gypsum board, started to increase.
The increase of their surface temperatures is considered to
happen due to the moisture buffering and the latent heat
sorption phenomena that take place at the time. It is worth

mentioning that the peak of the surface temperatures
corresponds to the peak of the RH inside the test box.
For only 1 gr of water vapour released inside the test box,
the hygroscopic materials manage to increase their
surface temperatures by approximately 0.5 oC. Norwegian
spruce has obtained the highest surface temperatures in all
5 experiments. Gypsum board follows second, as it has
slightly smaller peak surface temperature. On the
contrary, concrete, as a non-hygroscopic material, is not
able to buffer the moisture that is released inside the test
box and, thus, does not demonstrate surface temperature
rise (Figure 7)
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Figure 9: Surface temperatures of the samples for Protocol 3 (3 experiments)

Figure 10: Surface temperatures of the samples for Protocol 4 (3 experiments)

3.2.2 Protocol 2
For Protocol 2, the moisture load was preserved at the
same level with protocol 1. 1 gr of water vapour released
inside the box. However, the duration of the vapour
released was doubled to 4.5 min. Similarly with the first
protocol, Norwegian spruce and gypsum board exhibit a
rise of surface temperature of almost 1 oC, while
concrete’s change of surface temperature is considered
negligible (Figure 8). The total extent of vapour release
does not affect the increase of the surface temperature.
3.2.3 Protocol 3
During Protocol 3, a smaller moisture load was applied.
The total mass of water vapour released inside the test was
approximately 0.6 gr. Norwegian spruce and gypsum rise
the temperature of their surfaces by 0.5oC, while concrete
preserves essentially steady its surface temperature
(Figure 9). The surface temperature rise seems to be

proportional to the moisture load entering the test box,
since half the water vapour mass corresponds to almost
half the surface temperature rise in degrees C.
Furthermore, during Protocol 3, the time frame was the
shortest and, in this case too, it seems not to affect
substantially the surface temperatures of the samples. As
in all tested cases, the samples acquire their highest
surface temperature when RH inside the test box reaches
its peak
3.2.4 Protocol 4
In Protocol 4, the moisture load was set in 0.6 gr and the
vapour load was released within 4.5 minutes. Similarly to
Protocol 3 that has the same moisture load, Norwegian
spruce and gypsum exhibit a surface temperature increase
of approximately 0.5oC and concrete’s surface
temperature remains essentially steady (Figure 10).
Protocol 4 makes also clear that the duration of vapour
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release does not affect the surface temperature increase,
since it does not contribute to achieving a highest surface
temperature or preserving the surface temperature to high
levels for longer period of time.
3.3 CONCLUSIONS
An experimental investigation on moisture buffering and
latent heat was conducted in a test box that used to
simulate an indoor space. The findings revealed that
Norwegian spruce obtains the highest surface temperature
due to the increase of the RH inside the test box. In every
tested case and under every examined protocol,
Norwegian spruce obtains the highest peak surface
temperature, while gypsum board exhibits also significant
hygrothermal behaviour and its peak surface temperatures
fluctuate slightly lower than Norwegian spruce. On the
contrary, concrete’s surface temperature does not increase
under any protocol.
The results indicate that the dominant factor for the
increase of the surface temperatures of the building
materials is the mass of vapour released. The findings
showed that the increase of the surface temperatures
changes only when the mass of vapour differentiates. The
duration of the vapour release does not seem to affect the
surface temperature behaviour in any of the experiments
conducted.
However, it has to be further investigated whether the
occurring surface temperature increase due to moisture
buffering and latent heat sorption phenomena can actually
be exploited for saving energy and under which
circumstances.
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MOISTURE BUFFERING AND LATENT HEAT SORPTION PHENOMENA
OF A WOOD-BASED INSULATING SANDWICH PANEL
Dimitrios Kraniotis1, Nathan Langouet2, Thomas Orskaug3, Kristine Nore4, Geir Glasø5
ABSTRACT: The capacity of hygrothermal materials to buffer the maxima and minima of relative humidity indoors has
been discussed and presented during the last years. In particular, the wooden surfaces have the potential to contribute to
the reduction of the mechanical ventilation loads and consequently to the energy demand and consumption. In this paper,
the hygrothermal performance of a wood-based prefabricated insulating sandwich panel is under investigation.
Thermography techniques are employed to monitor the increase of interior surface temperature (3 °C) of the panel when
water vapour migrate to the wooden structure. A hygrothermal simulation tool is used and the results are compared with
the experimental data. The results show that the temperature increases in the whole inner solid wood component,
contributing to reducing the conductive heat losses. Furthermore, state-of-the-art equations are used to quantify the latent
heat of sorption in the solid wood. The mathematical calculations show that heat of sorption can counterbalance up to
37.1% of the conductive heat losses through opaque elements during a winter day. Finally, the potential of using the
sandwich panel for rehabilitation purposes is presented.

KEYWORDS: moisture buffering, hygrothermal performance, latent heat of sorption, thermography, wood-based
insulating panel

1 INTRODUCTION 123
The property of hygroscopic structures to damp the
maxima and minima of indoor relative humidity (RHi) has
been presented and discussed in many studies during the
last decade [e.g. 1, 2]. A new material property, the socalled ‘moisture buffer value’ (MBV) describes the ability
of building materials and systems of materials to
exchange moisture with the indoor environment [3]. The
MBV of wood is thrice as MBV of concrete and brick,
twice as of gypsum and about 20% higher than cellular
concrete. Hygroscopic wall surfaces provide a noticeable
effect on damping of indoor humidity variations; damping
effect is analogous to the MBV of a material [4]. Simonson
et al. showed that when the internal surfaces of a wooden
apartment building were permeable, the maximum indoor
RHi was lower compared to the impermeable case
assumed (impermeable paint) [5]. In addition, RHi
dropped below 20 % for less period of time compared to
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the impermeable case. The results showed that
hygroscopic materials, as wood, hold the potential for
energy savings through reduction of ventilation rates.
Moisture buffering is closely related to an area of the
building physics that has been so far limited exploited: the
latent heat of sorption. Latent heat is the amount of heat
required for the phase change of substance without any
temperature change in the substance. When condensation
occurs from a vapour phase to a liquid phase heat is
released is at a rate of 2501 J/kg of vapour condensing at
0°C [6]. This is the latent heat of vaporization of water Hv.
In typical indoor temperatures, i.e. 10 – 30°C, it varies
from 2477.7 to 2430.5 J/kg. The enthalpy of sorbed water
is less than the one of liquid water and the differential heat
of sorption ΔHs has to be added at the latent heat of
vaporization of water in order to equal the total latent heat
of sorption Hm of bounded water in the cell walls of a
wood structure. Thus, the latent heat of moisture Hm is the
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sum of the latent heat of vaporization of water Hv and the
differential heat of sorption ΔHs, described by the
following equation [6]:
Hm = Hv + ΔHs

(1)

Osanyintola and Simonson showed that when a
hygroscopic material, as wood, is combined with a wellcontrolled heating, ventilation and air conditioning
(HVAC) system, the potential for direct energy savings through latent heat- is relatively small for heating, i.e. 2%
to 3% of the total heating energy, but significant for
cooling, i.e. 5% to 30% of the total cooling energy [1].
The potential indirect savings from adjusting the
ventilation rate and indoor temperature, while
maintaining adequate indoor air quality and comfort, are
in the order of 5% for heating while they range from 5%
to 20% for cooling. Woloszyn et al. [7] confirmed that the
use of gypsum-based moisture-buffering materials,
combined with a relative humidity sensitive (RHS)
ventilation system, could reduce the mean ventilation rate
by 30% to 40% and generate 12% to 17% energy savings
while during the heating period. The combined effect of
ventilation and wood, as buffering material, make it
possible to maintain a stable indoor RHi between 43% and
59%. In particular in rooms with high moisture generation
and consequently significant potential of heat of sorption,
as bathrooms, hygroscopic surfaces can save up to
320 kWh/year from the energy demand of such spaces
compared to a bathroom with non-permeable surfaces, by
adjusting the heating system 3°C lower [8].
Excluding moisture transport in the building envelope
from the whole-building energy simulation models
potentially results in overestimation of conduction peak
loads, but also in underestimation of the yearly integrated
heat fluxes [9]. The latter may lead to over dimensioning
the HVAC systems, especially in dry climates, as well as
to underestimate energy consumption, primarily in humid
climates.
In this paper, the hygrothermal performance of a recently
certified insulating wood-based sandwich panel system,
called TermoElement [10], is under investigation and the
latent heat phenomena are studied. A testhouse is entirely
constructed of this element. Thermography techniques are
employed in order to monitor the surface temperature Ts
variations of the interior wooden panel when moisture is
adsorbed. Previous studies has shown that thermography
can be a useful tool for detecting latent heat of sorption,
by means of surface temperature increase [11, 12]. The
results from thermography are used to validate a
hygrothermal simulation model. The findings of the
simulations show that the temperature increases in the
whole interior wooden panel of the element. Finally, the
theoretical latent heat of sorption in the testhouse are
calculated based on state-of-the-art equations and the role
of wood as thermal energy reservoir is discussed. The
possibilities of using the sandwich panel for rehabilitation
purposes is also presented.

2 METHODOLOGY
A series of experiments were conducted in a testhouse
built using the sandwich element. The experiments were
consisted of two phases: humidification and drying. The
indoor parameters, i.e. temperature Ti and RHi were
monitored as well as the moisture content w in the wooden
structure, at different heights and depths. A thermography
camera, placed on the floor, is used to record the surface
temperature variations in the ceiling of the house.
The findings of the experiments are used to validate a
hygrothermal simulation model. The findings of the latter
are used to provide further information regarding the
temperature profile in the interior wooden panel.
Furthermore, the latent heat of sorption is calculated
based on the experimental findings and state-of-the-art
equations.
2.1 EXPERIMENTAL SETUP
The sandwich panel consists of three components: 3 ply
layer solid wood (spruce), insulation, 3 ply layer solid
wood (spruce). The total thickness of each of the wooden
component is 40 mm, while the insulation is 200 mm. The
total thickness of the sandwich panel is 280 mm, while the
thermal transmittance is U = 0.16 W/m2K.
In order to study the hygrothermal performance of the
element, a test house was constructed (Fig 1, 2). Its
internal volume is approximately 8.7 m3, i.e. 2.44 m ×
1.44 m × 2.5 m (Fig 3, 4). The testhouse has two openings,
a door (SE) and a window (NE). The total surface area of
the wooden panels (walls and roof) is 16.5 m2, while the
two openings cover an area of 2.9 m2.
A mechanical extract ventilation with a flow rate
Qv = 84 m3/h of is installed on the top area of the SW wall,
contributing to the drying of the structure (drying phase).
In addition, a simple remote heating device was used in
order to secure that the levels of moisture content will
drop down after the drying phase, at the levels of the
beginning of the previous humidification circle.

Figure 1: Exterior view of the testhouse built of the woodbased insulating sandwich panel
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30°C so that the wood structure could dry out and then
deactivated to let the room reach an equilibrium.

Ventilation
Thermography
camera

Moisture content
sensors
Heating

Constant 75% RH

Humidifier

Figure 2: 3D sketch of the testhouse with the instruments and
the sensors used

Drying

Humidification

Humidifier off
Ventilation on

Sealed ventilation
Heating + ventilation
off
9:00

Heating on
17:00

Heating off
1:00

9:00

Figure 5: Schematic representation of one experimental cycle

2.3 NUMERICAL SIMULATIONS
A 1D hygrothermal numerical tool (WUFI® Pro 5.3) is
employed to calculate the temperature profile in the
interior wooden panel in the walls and the roof. The model
uses Künzel code [13] and employs two fundamental
equations, for moisture and energy transfer respectively:

Figure 3: Plan view of the testhouse used in this study
+2,780
+2,500
+2,350

e

900
400 1800

a
+0,000

b

c
d

+0,550

Figure 4: Section of the testhouse showing the position of the
heating device (a), the humidifier (b), the thermography
camera (c) and the logger used for recording Ti and RHi (d)

2.2 EXPERIMENTAL PROCEDURE
Each experiment has a duration of 24 h and it consisted of
a humidification phase and a drying phase (Fig. 5). During
the humidification, which lasted for 8 h and the RH was
rising up to 75%, the vent remained sealed and the heating
was turned off.
The drying phase lasted for 16 h and the moisture release
was stopped, while the ventilation was turned on. For only
the first 8 h of this phase, the heating was activated to

𝜕𝑤 𝜕𝜑
= 𝛻(𝐷𝜑 𝛻𝜑 + 𝛿𝑝 𝛻(𝜑𝑝𝑠𝑎𝑡 ))
𝜕𝜑 𝜕𝑡

(2)

𝜕𝐻 𝜕𝑇
= 𝛻(𝑘𝛻𝑇) + 𝐻𝑣 𝛻(𝛿𝑝 𝛻(𝜑𝑝𝑠𝑎𝑡 ))
𝜕𝑇 𝜕𝑡

(3)

where
c: specific heat [J/kgK]
Dφ: the liquid conduction coefficient [kg/ms]
H: total enthalpy [J/m3]
Hv: latent heat of phase change [J/kg]
k: thermal conductivity [W/mK]
psat: saturation vapour pressure [Pa]
t: time [s]
T: temperature [K]
w: moisture content [kg/m3]
δp: vapor permeability [kg/msPa]
φ: relative humidity
Outdoor weather data collected locally in a short distance
from the testhouse were used as inputs while recorded
experimental values of indoor conditions were used an
interior climate in the model. The 1D simulation
employed take into consideration the exposure of the
walls by means of orientation.
The model neglects airflow assessment through the
building elements. Despite the fact that the testhouse
fulfils the requirements of the Norwegian building
Regulations regarding airtightness, infiltration and
especially locally concentrated leakages can influence the
variation of moisture content in the structure [14].
2.4 CALCULATION OH HEAT OF SORPTION
The total heat of sorption Hs released during the
humidification process, when water vapours are migrating
into the interior wooden panel is given by the followed
equation:
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𝐻𝑠 =

𝑆 · 𝜌𝑚 · 𝑑𝑚 · 𝛥𝑀𝐶 · 𝐻𝑣
𝑡

(4)

where
Hs: the heat of sorption [kWh] released or absorbed within
a time interval t [s]
S: the surface area of the hygroscopic structure [m2],
ρm: the density of the hygroscopic material [kg/m3]
Δw: the increase/decrease of the moisture content in the
material in the volume of interest [%]
dm: penetration depth [m]

Figure 7: Comparison between measurements of the surface
temperature and simulations

3 RESULTS
3.1 INDOOR CONDITIONS
A typical time series of indoor and outdoor air
temperature and air relative humidity is shown in Fig. 6.
The different phases of the experimental procedure can be
depicted: the humidification phase is characterized by an
increase of RHi, while during the drying phase decreases.
The fluctuations of RHi occur due to the instability of the
humidifier to keep the relative humidity constantly at
75%. Similarly, during the drying phase RHi fluctuates as
well as Ti due to instability of the heating device to
maintain a completely constant temperature.

3.3 MOISTURE CONTENT AND WOOD
TEMPERATURE
The variation of moisture content w in the inner 10mm of
the interior solid wood panel during three experimental
cycles is shown in Figure 8. The moisture content in this
area of interest varies ±0.6% or 2.7 kg/m3 given that the
density of the hygroscopic structure is ρm = 450 kg/m3.
However, the numerical simulations show that
penetration depth exceeds the 10 mm. Based on the
hygrothermal model and considering the whole interior
solid wood panel, the fluctuations of moisture content w
are larger (Figure 9).

Figure 6: Time series of three experimental cycles

3.2 VALIDATION OF THE MODEL
The results from the thermography camera were used to
validate the hygrothermal model. In particular the surface
temperature of the ceiling is used (Fig. 7). The agreement
between measurements and simulations is good,
especially during the humidification phase. During the
drying phase and when the heating is activated, significant
fluctuations as observed in the surface temperature Ts of
the ceiling. The fluctuations can be depicted both in the
experimental data and the simulations results. The reason
for the latter is that the indoor Ti and RHi that were used
as interior climate fluctuate as well, as explained before in
Fig. 5.

Figure 8: Variation of moisture content in the inner 10 mm of
wooden panel (ceiling) during three experimental cycles
(experimental data)
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Figure 9: Variation of moisture content in the whole interior
solid wood panel during three experimental cycles (simulation
data)

In Figure 7 it was shown that the interior surface
temperature Ts of the wooden panel increases when
moisture migrates in its structure. This is consistent with
findings of a previous study that employed thermography
techniques to highlight the potential of wood as
hygroscopic material to increase its temperature due to
moisture adsorption [11]. Furthermore, another study
employed a validated hygrothermal model to show that
the temperature increases in the wooden structure as well
and not only on the interior surface [15].
Figure 10 depicts the variation of the temperature at
various positions/depths within the interior solid wood
component. The results are consistent with the findings of
the study mentioned above, showing that the temperature
increases within the wooden structure and not only on the
surface, as the thermography camera can monitor.
Moreover, given the small area of the window and the fact
that the testhouse is well-insulated, it would be reasonable
to claim that the direct solar gains and the heat transfer
from the surroundings are not very strong. Therefore, it
can be assumed that the temperature increase, i.e. 3 °C,
occur because of the moisture absorption in the wooden
structure (latent heat of sorption).
The latter can be also justified by the fact during the
heating period (high values of temperature), there is a
noticeable difference between the temperature variation
within the wooden panel.
It seems that the mass of wood as hygroscopic structure
and not only the surface has the capacity to get active
during moisture migration and because of its favourable
hygrothermal properties. The temperature increase during
humidification is also consistent with the increase of the
indoor temperature Ti, revealing that there is an impact on
the indoor climate from the heat released by the wooden
structure.

Figure 10: Variation of temperatures at various depths within
the interior solid wood component (simulation data)

3.4 HEAT OF SORPTION
Based on Eq. 4, the heat of sorption can be calculated. The
measurements of moisture content showed that during
humidification the moisture content increases by 0.6%
within 10 mm. The latter is considered as penetration
depth dm. The density of the solid wood is ρm = 450 kg/m3.
The surfaces that absorb moisture are assumed to be the
walls and the ceiling. Thus, the total surface area to be
consider in Eq. 2 is 16.5 m2. Therefore, the heat of
sorption during the whole humidification phase (8h) is
Hs = 0.3 kWh. If the simulation findings are used, i.e.
moisture variation Δw = 2% and penetration depth dm = 40
mm, the heat of sorption is calculated as Hs = 4 kWh.
Despite the fact that the heat of sorption is a small absolute
magnitude, it can be comparable to the conductive heat
losses through the opaque components of the testhouse. In
particular, during a spring or autumn day with an outdoors
temperature To = 5 °C, the temperature gradient between
indoors and outdoors is ΔT = 15 °C. Given that the –value
of the 280 mm thick TermoElement is U = 0.16 W/m2K,
the total conductive heat losses during a day through the
walls and the roof are 0.95 kWh. Thus, the heat of sorption
can counterbalance more than 30% of the heat losses.
A hypothetical scenario of a building built of this
sandwich panel is employed. It is assumed that the
building has a floor area of 100 m2, i.e. 10 m × 10 m, while
the net height indoors is h = 2.7 m. The non-opaque
elements of the building are considered as covering the
25% of the floor area, i.e. 25 m2. The total surface area of
the walls and the ceiling in this case would be (108 – 25)
+ 100 = 183 m2.
Using the validated hygrothermal model, the heat of
sorption is calculated for a typical spring/autumn day in
Oslo, i.e. To = 5°C, as well for a typical winter day, i.e. To
= -15°C. A MDRY year of Oslo is used as exterior climate
in the model. The indoor conditions are assumed as
constant Ti = 20°C and RHi that fluctuates between 40% 50%. The latter represents usual fluctuations in a
residential building and in particular a humidification
phase 16 h (occupancy) and a drying phase of 8h during
the daytime. In addition, a hypothetical case with diurnal
variations of RHi = 30% - 60% is also employed.
The diurnal moisture content w variation in the ceiling is
in this case Δw = ±0.25% for the milder RHi and Δw =
±0.7% for the moister case (Fig 11).
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Figure 11: Variation of moisture content w within the inner 10
mm of the solid wood component (To = -15 °C)

Using the new data and inputs, the heat of sorption can be
calculated based on Eq. 2 for a realistic residential
building with solid wood as interior surfaces. Table 1
summarizes the latent heat released during humidification
over one day. Table 2 and 3 show the conductive heat
losses through the walls and roofs during a typical day
with To = 5 °C and To = -15 °C respectively. Furthermore,
the heat of sorption as a fraction of these losses is depicted
in parenthesis.

Table 1: Latent heat of sorption, H [kWh], released during
one-day time interval during water vapor migration in the
inner solid wood of the sandwich panel

Surfaces
Walls
and roof

RHi = 40% - 50%

RHi = 30% - 60%

1.4

3.9

Table 2: Conductive heat losses per opaque element [kWh]
and the latent heat of sorption as fraction of it [%] during an
one-day time interval (To = 5 °C)

Surfaces
Walls
and roof

RHi = 40% - 50%

RHi = 30% - 60%

10.5 (13.3%)

10.5 (37.1%)

Table 3: Conductive heat losses per opaque element [kWh]
and the latent heat of sorption as fraction of it [%] during an
one-day time interval (To = -15 °C)

Surfaces
Walls
and roof

RHi = 40% - 50%

RHi = 30% - 60%

24.6 (5.7%)

24.6 (15.9)

The results show that heat of sorption can counterbalance
from 5.7% up to 37.1% based on the temperature gradient
between indoors and outdoors as well as the moisture
generation indoors. Potentially, this means that the latent
heat can function as a ‘dynamic insulation’ for the
elements that have hygroscopic surfaces.
However, the biggest challenge in order to exploit the heat
sorption is the fact that after the humidification phase
(increase of RHi) the solid wood will need to absorb
energy to dry out. This is fundamental requirement in
order the Δw to occur. In this way the interior solid wood
will regain its capacity to absorb water vapour in the next
humidification period.
If the drying process is controlled by the HVAC system,
the energy spent will tend to cancel the benefits of heat

sorption gained during the wetting phase. The exploitation
of solar gains during daytime through a strategically
chosen windows size and orientation would drastically
contribute as a free energy source for the necessary drying
process.
One of the ‘non-material’ parameters that affect the
moisture buffer capacity of surfaces is ventilation both
mechanical and natural [16]. Higher ventilation rates
result in reduced buffering effect [17]. An HVAC system
that regulates constantly the RHi will buffer the peak and
valleys of RHi, eliminating the potential vapour migration
in the solid wood. Similarly, infiltration can also reduce
the efficiency of the phenomena discussed. Infiltration
contributes to extract the moisture outside the building
and thus the potential increase of MC decreases, in
particularly locally where leakages are located [15].

4 THE POTENTIAL USE OF THE
PANEL FOR REHABILITION
Mounted as either single wall segments or small elements
or large elements or even as a mixture of all three, makes
the system very flexible and efficient in terms of adjusting
it to the geometry and tolerances of an existing building.
The outer layers of the modular wall system consists of a
multiply solid wood panel which facilitates the mounting
of the system on timber as easily as on either concrete or
brick surfaces. For light-frame structures self-tapping
screws or special timber connectors are used to attach the
modular wall system. The length of the connecting rods
between the multiply solid wood panels can be adjusted
in order to serve a specific U-value requirement for
external walls. Moreover, the modular wall system can be
prefabricated with in-blown insulation, insulation mats or
both, depending on what is more rational and economical
for the individual project.

1.Top plate
2.Multiply wood panel
3.Insulation
4.Horizontal battens
5.Cladding
6.Vertical battens
7.Bottom plate
8.Stud, existing building
9.Self tapping screws
Figure 12: Vertical cross section, rehabilitation of light frame
wall with the patented modular wall system
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For rehabilitation of brick and concrete walls, special
timber connectors or wooden battens are fixed to the load
carrying structure by using concrete anchor bolts or
screws. The modular wall system is attached to the timber
connectors or screwed onto the battens with self-tapping
screws.

1.Airtight membrane
2.Top plate
3.Concrete anchor or
screw
4.Vertical battens
5.Multiply solid wood
panel
6.Vertical battens
7.Cavity layer
8.Cladding
9.Self tapping screws
10.Top plate
11.Bottom plate
12.Airtight membrane
13.Special
timber
connector
Figure 13: Vertical cross section, rehabilitation of concrete
wall with the patended modular wall system

5 CONCLUSIONS
This paper discussed the hygrothermal performance of a
recently certified wood-based prefabricated insulating
sandwich panel, called TermoElement. The experimental
findings using thermography techniques in a testhouse
built entirely of this element showed that when indoor RHi
increased (from 50% to 75%), the surface temperature of
the interior solid wood component increased as well,
approximately 3°C. The corresponding increase of
moisture content w was Δw = 0.5% in the inner 10 mm of
solid wood.
A validated 1D hygrothermal model showed that the
temperature increases in the whole 40 mm of the inner
solid wood component and not only on the surface. This
fact can drastically contribute to reduce the temperature
gradients between indoors and outdoors and thus the
conductive heat losses through the opaque elements. In
addition, the results from the simulation showed that the
penetration depth exceeds 10 mm allowing the whole
mass of solid wood to contribute to moisture buffering.
Furthermore, the latent heat of sorption was calculated
based on state-of-the-art equations. When the results are
compared to the conductive heat losses of the testhouse
during a typical mild spring/autumn day in Oslo
(To = 5 °C), it is clear that heat of sorption can
counterbalance more than 30% of them.

To highlight the potential of heat of sorption to function
as dynamic insulation in building elements, a hypothetical
case of a building constructed of the same sandwich panel
was employed. Typical values of indoor and outdoor
conditions were taken into consideration. The
mathematical calculation showed that when the diurnal
variations of relative humidity indoors are RHi = 40% 50%, the latent heat can counterbalance 5.7% of the
conductive losses through the walls and the roofs during
a typical spring/autumn day (To = 5 °C) and 13.3% during
a typical winter day (To = -15 °C). In case the levels of the
relative humidity indoors are higher, i.e. RHi = 30% 60%, the gains due to latent heat are multiplied and can be
15.9% and 37.1% respectively, by means of fraction to the
conductive heat losses.
During evenings and nights when the moisture generation
increases due to occupancy, a ‘humidification phase’ for
the wooden structure can be assumed. The increase of the
latent heat of sorption during this period can reduce the
heating demand in a building and can lead to energy
savings by adjusting the operative temperature to a lower
level. The exploitation of the solar gains during daytime
will contribute to dry out the wooden structure in order to
secure the diurnal dynamic circle of RHi which is
necessary for the latent heat phenomena to get activated.
In addition, the mechanical ventilation ought to be
regulated in such way that allows the moisture to migrate
into the hygroscopic structure before it is extracted
outwards.
In a dynamic estimation of thermal insulation in building
components, the exploitation of latent heat would
significantly reduce the required thickness of this layer.
The authors believe that taking into account the building
materials properties hold a key for energy savings by
including in the energy balance equations the thermal
energy stored in heavy materials by means of thermal
mass and in hygroscopic materials in a form of
‘hygrothermal mass’. A more detailed approach to the
dynamic phenomena, as mass transfer, that occur in a
building ought to lead towards a more accurate calculation
of the actual energy demand and heat losses, while it will
also fortify the position of natural materials and ‘lowtech’ technology as an effective solution implemented
future buildings design.
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THE EFFECT OF WOOD ANATOMY AND COATINGS ON THE
MOISTURE BUFFERING PERFORMANCE OF WOODEN SURFACES
Katja Vahtikari1, Tuula Noponen2, Mark Hughes3
ABSTRACT: This paper presents the results of an initial screening of the moisture buffering performance of various
wood species on two humidity levels. In addition, the effect of coatings and variation in three different grain directions
regarding the moisture buffering performance were investigated.
The cutting direction and thus the grain direction is the most significant factor influencing the sorption behaviour of wood
from material perspective. Moisture buffering value for the crosscut surface of pine was fourfold compared to the radial
surface of pine. The choice of coating is also of utmost importance when the moisture buffering ability of wood material
is to be retained. Typical coatings used in interiors may decrease the moisture buffering capacity more than 50%.
KEYWORDS: Moisture buffering, coatings, anisotropy

1 INTRODUCTION 123
It is well known that hygroscopic materials can decrease
indoor air humidity peaks [1]. However, the targetoriented use of hygroscopic interior materials to even out
moisture peaks is not yet a common procedure. This paper
discusses the potential of solid wood surfaces to serve as
a moisture buffering element. To emphasize the key
factors affecting the moisture buffering performance of
wood, examples of the effect of grain direction, species
and coatings are presented. The topic is further discussed
with relation to wooden interior element demos made in
Aalto University student projects, in which the task was
to utilize the sorption properties of wood.
The sorption performance and thus moisture buffering
ability of a solid wood surface depends on the wood
species, grain direction as well as possible surface
treatments. As a ‘living’ material, wood reacts to humidity
changes and therefore cyclic humidity loads occurring in
the end-use environment both indoors and outdoors result
either in an increase or a decrease of the moisture content
in wood. Sorption behavior can be considered a
vulnerability for wood material from the dimensional
stability point of view, but equally it can be considered an
opportunity, which could be exploited more.
Hameury [2] extensively discussed the hygrothermal
inertia of massive timber in his PhD thesis. Several other
studies (e.g. Osayintola et al. [3]) have also studied the
behavior of engineered wood products and other wood
based materials, but there are also many studies [4], which
compare wood to other interior materials without
1
Katja Vahtikari, Aalto University, School of Chemical
Technology, katja.vahtikari@aalto.fi
2
Tuula Noponen, Aalto University, School of Engineering,
tuula.noponeni@aalto.fi

specifying the species or cutting direction of the wood
panels and thus tell only little about the wood material.
Several wood species are widely used in interior
applications and their material properties may vary
significantly. There seems to be growing interest in the
use of wood in interiors among both professionals and
users, but the availability of material information is
usually limited, which can make it difficult to build an
argument for the use of wood or may even prevent its use.

2 MATERIALS AND METHODS
2.1 ANATOMY
Within a wood species the main anatomical difference
affecting the sorption properties is the grain direction.
Tangential and radial surfaces reveal different amount of
latewood and early wood. Also the amount and size of
pores and ray cells vary depending on the cutting
direction, but even more between different wood species.
The effect of grain direction (radial vs. tangential surface)
was studied with boards (thickness 13 mm, width 80mm
and length 325mm). The six hardwood species are
presented in Figure 1. Four softwood species were
included in the test tested as well, but due to the capacity
of the test facility, the number of pine and spruce
specimens was limited.
The difference between crosscut and radial surfaces was
explored
with
small
wooden
cubes
(25mm*25mm*25mm) (Figure 2), since it is not possible
to cut a crosscut surface with an exposed area similar to
the boards.
3
Mark Hughes, Aalto University, School of Chemical
Technology, mark.hughes@aalto.fi
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2.4 MOISTURE BUFFERING TEST

Figure 1: Grain pattern of tangential (top) and radial
surfaces differ a lot. Species from left: ash, birch, black
alder, elm, maple and oak. Image by Katja Vahtikari.

The moisture buffering test followed for the most part the
protocol of the Nordtest Method [5]. Test specimens were
pre-conditioned in RH50, T=23ºC for several weeks
before testing and then exposed to high and low humidity
loads in a climate test cabinet. Five sides of the specimen
(either a board a cube) were sealed with aluminium tape
leaving only one surface open. The mass of the specimens
was determined with an analytical balance.
The comparison between the species and coatings was
made by comparing the moisture uptake and release. With
the species difference test, the test cabinet was unable to
reach the upper humidity level determined in the Nordtest
method due to the large area of exposed wood surfaces.
With the coated surfaces there were not enough cycles to
reach the stable cycles required for the MBV value.
The exposed surface area for the crosscut and radial
surface of pine was smaller and thus it was possible to
determine the MBV value for them.
2.5 FIELD TEST IN THE TEST HOUSES

Figure 2: Tangential (left), crosscut (middle) and radial
(right) surface of pine. Image by Katja Vahtikari.

2.2

SPECIES EFFECT

The same boards (Figure 1) were used to monitor the
differences among wood species. Hardwood species
included both ring- and diffuse-porous species: elm, ash
oak, black alder, maple and birch. Softwood species in the
study were pine, spruce, Douglas Fir and larch.

To have a better overview of the performance of wooden
surfaces at the room scale, RH and temperature were
monitored in three test houses (Figure 4) on the Aalto
campus in Otaniemi, Finland. The test houses were built
as part of the Finland Distinguished Professor Programme
project of Prof. Stefan Winter: Innovative Timber
Structures Technologies – energy efficient and
sustainable use of wood in building construction and the
building stock – from materials to constructions. The
floor in all three test houses is made of solid spruce
boards, but the wall and ceiling materials vary: solid pine
(Figure 5), spruce plywood and gypsum board [6].

2.3 COATINGS
Pine boards including both radial and tangential surfaces
as well as heartwood and sapwood were used for the
coating experiments with water-borne varnish and
commercial soap solution (Figure 3).

Figure 4: Test houses have the same floor area and Uvalues. Interior wall and ceiling materials vary as well as
coating of the claddings. One of the houses (on the left)
has uncoated wooden cladding. Two others have
industrially painted wooden cladding boards. Image by
Katja Vahtikari.
Figure 3: Pine is a typical example of a species with a big
“within the species” diversity. Boards for the coating tests
included both tangential (the two boards on the left) and
radial surfaces as well as heartwood (dark areas) and
sapwood (light areas). Image by Katja Vahtikari.

Spruce boards were used for the tests with commonly used
water-borne interior paints. Coatings were applied to the
planed surfaces according to the instructions provided by
the manufacturers.
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Figure 5: Massive timber interior is made of 128mm thick
cross-laminated pine logs [6]. Image by Anne Kinnunen.

3 RESULTS AND DISCUSSION
3.1 ANATOMICAL AND SPECIES
DIFFERENCES
The tangential surfaces of hardwood specimens had a
slightly larger moisture uptake and release than the radial
surfaces (Figure 6). The change in the moisture content of
black alder, elm and maple was double compared to the
change of MC in ash, birch and oak. The density of the
tested specimens/species was quite uniform and therefore
its effect on the species differences is not included in this
discussion.

Figure 6: The change in moisture content under cyclic
humidity conditions for six hardwood species. The letter t
after the initial of the species name refers to tangential
surface and r to radial surface. Numbers indicate parallel
specimens.
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Nordtest method [5] classifies the materials to five
different categories according to their moisture buffering
performance. Category Excellent means a MBV value
greater than 2 [g/(m2 % RH) @ 8/16h]. Category Good
covers the values from 1 to 2. Crosscut surface of pine
belongs clearly to the Excellent category whereas the
radial surface fall in the Good category.

Figure 8: The Moisture Buffer Values of pine for radial
and crosscut surface.

The MBV for uncoated pine in Hameury’s study (2007)
was 1.36 g/(m2·%RH), which is almost identical to our
result for the radial surface.
3.2 COATINGS
Water-borne varnish clearly decreased the moisture
uptake and release when compared to the reference with
no treatment (Figure 8), but soap treatment had no effect
on the adsorption. Moisture buffering values (MBV)
showed the same phenomenon: the MBV of the lacquered
surfaces was only 50% of the reference boards’ and soap
treated boards’ MBVs. Hameury [7] observed a similar
effect in his work with various water-permeable coatings:
acrylic latex paint decreased the moisture buffering value
(MBV) most, by more than 50%. His test did not include
soap or water-borne varnish.

Figure 7: The change in moisture content under cyclic
humidity conditions for four softwood species. The letter t
after the initial of the species name refers to tangential
surface and r to radial surface. Numbers indicate parallel
specimens.

Softwood specimens exhibited bigger changes in moisture
content under cyclic humidity loads (Figure 7) than
hardwood specimens. The difference between cutting
direction was not clear. The amount of extractives was not
defined.
The difference in MBV value between the radial and
crosscut surface of pine (Figure 8) was significant.

Figure 9: Moisture uptake and release of coated samples
under cyclic humidity loads. The mass was monitored five
times during the adsorption. Untr. Refers to the untreated
references, varn. To water-borne varnish and soap to the
commercial soap solution. Numbers refer to parallel
samples.
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The amount of heartwood and sapwood varied in the
specimens as well as grain pattern and therefore these
results are only indicative and form the basis for a more
extensive measurement campaign in the future.
Figure 9 shows that one of the untreated specimens had
clearly decreased moisture uptake compared to other three
samples (the bottom dashed curve). The specimen in
question consisted mainly of heartwood which explains
the anomalous behaviour.
The effect of four commonly used interior paints on the
moisture uptake and release is presented in Figure 10.
There were not enough stable cycles (difference between
the consecutive moisture change steps of less than 5%)
within the measurement campaign to determine the MBV
value reliably and therefore only the overview of the
moisture changes during the cyclic humidity loads is
presented. Reference samples caught stable cycles: MBV
for spruce was 1.15g/(m2 %rh).

.

Figure 10: The moisture uptake and release of different
paints. Ref refers to untreated spruce boards, A-D to
different paints and numbers 1 and 2 to parallel samples
The size of the samples was 120mm*150mm..

The increase in the pigment content of coatings usually
increases the permeability as well [8], thus enhancing the
moisture transport through the coating film. Meijer et al.
[9] have defined diffusion coefficients for untreated and
coated wood surfaces and found that the higher the initial
humidity and thus moisture content (33-98% RH/MC=7%
vs. (65-98%RH/MC=12%), the higher the diffusion
coefficient. Their study focused on sorption rates, but the
results were similar to ours: the highest sorption rates
were found for uncoated wood, followed by wood coated
with a waterborne acrylic coating.
3.3 FIELD TESTS
Monitoring data from the test houses shows that interior
materials can also have an effect on the interior climate at
the room scale. Winter et al. [6] have reported that in
winter, when the indoor air in Finland is usually very dry,
the test house with solid wood surfaces had a higher
relative humidity than the other two test houses. Figure 11
presents relative humidity and temperature data inside the
test houses over 48 hours in May. The exterior
temperature varied from 10ºC to 20ºC and the relative
humidity from 40% during the day up to almost 100% at
night. Now the house with massive wood interior had
lower relative humidity, which supports the idea of
decreasing the humidity changes.

Figure 11: Relative humidity and temperature inside the
test houses during a 48 hours monitoring period in May
2016.

Relative humidity was most stable in the test house with
a massive wood interior. The house with the gypsum
board interior had the highest relative humidity. The test
house with plywood interior is less covered by trees than
the two others, which can be seen from the temperature
graph which shows clearly the afternoons (highest
temperature) and early mornings (lowest temperature).
3.4 APPLICATIONS
Aalto University encourages co-operation between
research and teaching. Both projects which have
contributed to the research and results in this paper (Aalto
Energy Efficiency Research Programme (AEF) project
Wood Life and WoodWisdomNet project Wood2New)
have created a link to teaching. Researchers of both
projects have given lectures and tutored the project group
works in the course Puu-28.5040 Integrated Interior
Wooden Surfaces, a 4-credit Master’s level course open
to students of wood engineering, civil engineering and
wood architecture. The students’ task has been to make a
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design with wood for interiors by utilizing the functional
properties of the wood material. Several groups in
different years have chosen sorption properties as their
starting point and created wall or ceiling panels with
moisture buffering properties. The scope of the project
has varied from material-based, quite open project task
descriptions to a task to create a solution for a certain
space (a meeting room in the department of architecture
or a wet space). Examples of the projects are presented in
Figures 12-18.

Figure 12: An example of a material-based project result:
a ceiling panel with an aim to act as a moisture buffer
element. Material selection and testing included spruce,
birch, black alder and aspen, of which spruce was chosen
due to the biggest measured MBV value. Project group:
Johannes Ritsch and Jaakko Pusa..Image by Katja
Vahtikari.

Figure 13: A project focusing on the use of wood in wet
spaces ended up using heat-treated aspen shingles.
Project group: Ignacio Traver, Mikko Hakola, Sini
Koskinen, Yllka Kuçuku and Yuko Konse .Image by Katja
Vahtikari.

Figures 14 and 15: Original goal for this project was to
create a wall panel (top image) to a meeting room which
would improve the acoustics of the space. Students tested
the panels in the meeting room and measured
reverberation times with and without the panel to
investigate the effect of the panel. As an extra feature, the
panel has also moisture buffering properties, since it was
left untreated and air circulates around the whole tilted
cube (bottom image). The size of the cube is 45mm*45mm.
The species was aspen, because it is less dense than the
other common European wood species and it doed not
have a strong grain pattern. Project group: Aline Timpte,
Elizabeth Kofler and Simen Bie Malde. Images by Katja
Vahtikari.
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Figure 18: Yet another design for a meeting room. This
group decided to create a visual element using spruce
veneers. Moisture buffering capacity of such an element is
not big due to the material thickness and small surface
area, but an interesting sorption related feature in this
panel is the form, which would change throughout the
year, if the space would have higher humidity loads every
now and then. Project group: Ninni Westerholm, Petter
Ekholm and Tatu Waltari. Image by Katja Vahtikari.

Most of the student projects have used the crosscut surface
of wood, which is quite obvious when the decision
making has focused on the material properties and not on
production efficiency. Tight schedules have prevented
most of the groups exploring the effect of surface
treatments on their design and product. The course lasts
approximately ten weeks during which everything from
the project group forming to testing and sample
preparation and finally to the finished demonstration
piece needs to be done.

4 CONCLUSIONS

Figures 16 and 17: Also an example of a panel for a
meeting room (top image), made of spruce cubes with
visible surface of 80mm*80mm. The crosscut surface of
spruce is increased by drilling wholes inside the cubes to
maximize the moisture buffering capacity of wood
material. The arrows in the bottom image show the
wholes. Project group: Ala Brazi and James Stanier.
Images by Katja Vahtikari.

The information regarding the effect of coatings on the
moisture buffering properties of various wood-based
materials should be easily available both for professionals
(designers and architects) and consumers. However, a
typical product declaration for coatings does not provide
much information which would support choosing the right
material when the aim is to maintain the sorption property
of wood. This study showed the difference in the
behaviour of pine and spruce due to various coatings
within the RH range 33% to 75%. The exposed surface is
another significant factor affecting the moisture buffering
capacity of wooden surfaces.
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USER PERCEPTIONS OF NATURALNESS AND THE USE OF WOOD IN
THE INTERIOR ENVIRONMENT
Anders Q. Nyrud1, Kristen Strobel2, Kristian Bysheim3

ABSTRACT: Focus groups were carried out in Austria, Finland, France, Norway, and Sweden to understand building
professionals’ and laypeoples’ perceptions of building materials and wellbeing in indoor environments. Focus groups
asked participants to share their opinions and experiences related to seven main topics: choosing interior materials,
naturalness, naturalness for building materials, wellbeing in the indoor environment, wood materials, cleanabililty, and
ethics and environment. This report presents a summary of responses and a preliminary analysis of common themes and
priorities among participants. Participants from each of the countries generally held similar views. The appropriateness
of interior materials was seen as dependent on building type and context, with a greater preference for natural materials,
particularly wood, in residential construction. Different stakeholders had different priorities relating to cleanability and
environmental aspects which were often assessed as being in opposition to cost and general aesthetics.
KEYWORDS: Focus groups, building materials, indoor environment, experience of wood

1 INTRODUCTION 123
We spend 90% of our lives inside buildings and this
affects our physical and psychological wellbeing and
comfort. However, the significance of human wellbeing
in construction is poorly understood. The importance of
the indoor environment is enhanced in care and living
spaces: the growing demand for healthy buildings could
open new opportunities for wood. Sustainable
development is also increasing in importance. Hence,
materials and products with environmentally, socially
and economically sound values should have an
advantage if they can deliver competitive performance.
The aim of this study is to identify possibilities for
promoting human wellbeing in interior spaces, by
gaining insight into how peoples’ perceptions of the
environment are correlated to building materials.
Research questions:
• What is associated with a natural building
material?
• Which building materials are associated with a
good indoor environment?
• How does the use of building materials in the
indoor environment affect the users?

2 METHODS – FOCUS GROUPS
A focus group is a directed discussion intended to gather
participants’ opinions on specific topics. Each focus
group usually consists of five to ten people and a
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moderator who, using an interview guide, moderates the
group discussions. The interview guide is used to ensure
that all relevant topics for discussion are covered during
the focus groups.
The purpose of a focus group is to listen and gather
information to better understand participants’
perceptions and views. The groups are conducted several
times to enable identification of patterns and trends. The
analysis of data from the focus groups can provide clues
and insights to how products, services and opportunities
are perceived [1].
The focus group differs from traditional interviews with
a predetermined questionnaire and closed-ended
responses. With the moderator taking on a less directive
and dominating role in the interview, using open ended
questions, the attention is shifted to allowing
“individuals to respond without setting boundaries or
providing clues for potential response categories” [1].
The focus groups were carried out in Sweden, Austria,
Finland, France and Norway. Scientists at Holzforschung
Austria, Linköping University, Aalto University, BRE
and Treteknisk moderated the focus groups.
2.1 INTERVIEW GUIDE
Two different interview guides were used to direct the
focus groups. One guide covered topics for building
professionals and other people with a background from
the construction industry, and another guide covered
topics for groups with lay participants with various nonrelated backgrounds.
The interview guide was based on a focus group guide
developed in 2010 by Treteknisk in collaboration with
Statistics Norway [2]. Table 1 shows the topics included

WCTE 2016 e-book | 5871

in the interview guides. Six topics were included in both
guides, the guide for building professionals additionally
included choice of interior materials. The interview
guide for laypeople was structured so that the
participants first would discuss building materials in
general before discussing the other topics listed in Table
1.
Table 1: Interview guide topics

Topic

Background and comments

Choosing interior
materials

Design
and
professionals only

Naturalness

Environmental psychology

Naturalness for specific
building materials

Focus on wood products

Feeling of wellbeing in
indoor environment

How choice of materials
influence user experience

Wood materials

Material use: preferences
and expectations

Cleanability

Often considered as a barrier
for choosing wood

Ethics, environment

Green marketing

building

2.2 TRANSCRIPTS AND ANALYSIS
Transcriptions of focus groups from Norway, Austria
and Sweden and summaries of the focus groups in
Finland (Finnish and Mozambican participants) and
France were analysed.
The analysis in this report is based recurring trends and
patterns among the focus groups. Trends were identified
using the methodology described by Krueger [3].
Findings, based on transcripts and summaries of focus
groups, are reported in the results section. Results
primarily focus on recurring opinions and themes
expressed by multiple participants and focus groups,
grouping together similar opinions that may have been
expressed differently. While the primary focus is on
recurring themes, opinions expressed by a single
participant are also noted to give a sense of the range and
diversity of perceptions and experiences.

3 RESULTS
3.1 BACKGROUND
Table 2 shows an overview of focus group participants
contributing to this study. Two groups had participants
who were students (Norway, Sweden), three groups had
people with building industry background (architects,
engineers, contractors), and two groups had people with
a mixed background. A group from Mozambique,

visiting the Aalto University in Finland, was also
included in the study.
Table 2. Focus group composition, number of groups and
participants in each group

Focus group composition

Country

Students

Norway,
Sweden
Finland

Mixed Group, students
and architects
Building professionals
Students and engineers,
forest
products
and
agriculture professionals
Mixed

Number
of groups
2
1

Norway,
Austria, France
Mozambique

3

Austria, France

2

1

3.2 NATURALNESS
Participants in all groups, with few exceptions, had the
same definition for a natural product: a product based on
a raw material that was created by nature. The material
must be unique and can be shaped, but not created, by
humans.
#00:06:21-4# Male, Sweden: I think the
questions run into each other a lot. What I
thought of, first and foremost, is that it is
untreated. It is something that is found in nature
that we don’t modify. You can modify it but not
create it. #00:07:00-8#
Authenticity is important, a natural material cannot be
reproduced and should not pretend to be anything other
than it is.
#01:28:01-8# Male, Austria: Natural materials
are unique; none of them are the same. You
cannot reproduce them. Particle board is at the
borderline to natural materials. Just look at the
wood imitations; they even manage to imitate
the haptics of wood, but after some metres the
structure repeats. That's the difference!
#01:29:17-7#
Laypeople felt that natural materials were those that had
not undergone significant transformation. A material
should not be chemically treated or undergo significant
mechanical processing if it is to be considered natural.
#00:31:43-3# Female, Austria: To me the size
of the particles makes the difference; in the
OSB panel one can still recognise the structure
of wood, a wooden surface. The MDF [could be
anything], there is no wooden texture. No fibre
direction, etc. #00:32:09-5#
Participants identified their emotional experience of a
product as important to their assessment of whether or
not a product was natural, “You may have a personal
connection to wood from a forest”. This also plays into
the issue of transformation. If the product has not
undergone substantial transformation, you can connect
the product to something that is familiar to you, e.g. a
forest, but if the product has undergone substantial
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transformation, you do not know where it originates and
therefore do not have an emotional experience when it is
used.
#01:30:56-1# Male, Norway: I see naturalness
as a personal connection to the material, for
example wood out of a forest I have been to or
from which I have some good memories. The
same might account for stone. You [do not]
have these feelings with OSB or particle board.
#01:31:36-0#
The Norwegian building professionals discussed this
issue:
#00:37:13-3# MODERATOR: When people
talk about natural materials, what do you think
they mean? #00:38:01-7#
#00:38:01-7# Male, architect: Unprocessed
materials: wood, stone, where it is easy to see
where the material comes from #00:38:33-6#
#00:38:33-6# MODERATOR: Assistant: What
is the opposite of natural materials? #00:38:336#
#00:38:33-6# Female, architect: Artificial or
synthetic materials #00:38:40-3#
#00:39:33-3# Female, architect: I think it is also
culturally conditioned. #00:39:43-4#
Products should fit surroundings and aesthetics. This
also includes sourcing of materials: materials from the
region where the product is used, can be considered
more natural than materials that are not of local origin.
Participants also mentioned that a natural material is
degradable and recyclable.
During the discussion, the participants tended to
converge on the conclusion that all materials are natural,
cf. comment from Finland: “In the end everything comes
from nature”.
3.3 NATURALNESS FOR SPECIFIC
MATERIALS
The focus group participants were given a task to
evaluate material samples: painted pine, knot-free pine
tongue and groove decking, oriented strand board
(OSB), and medium density fibreboard (MDF)
The majority of focus group participants had the same
ranking for the materials from most to least natural:
knot-free pine decking, painted pine, OSB, then MDF.
While there were differences in responses between
participants, the most common ranking was the same in
all countries. An important factor for perceived
naturalness was the level of transformation of the wood.
Materials with visible fibre were seen as natural.
Materials that were laminated or painted were seen as
industrial or chemical.
Reasons given for ranking the knot-free pine decking as
the most natural material: you can tell the origin of the
material, the wooden structure is visible, it is the least
processed sample, the sample still smelled like wood.
A few people found the chemical treatment of the
painted pine more natural than the mechanical
processing of the knot-free pine decking. A respondent
also felt that the look and feel of the white sample was
something he would have been able to do at home by
himself, making it more natural.

Most participants ranked the medium density fibreboard
(MDF), as the least natural material sample. Perceived
lack of durability, lack of resemblance to wood and no
warmth were mentioned as characteristics for choosing
MDF as the least natural. Participants felt that the
material was dead and had lost the qualities of wood.
One respondent commented:
The size of the particles makes all the
difference; […] The MDF [sample] could be
anything, there is no wooden texture. No fibre
direction.
The rankings of the material samples tend to coincide
with how the focus group participants defined
naturalness. The ranking of the materials depends on the
level of processing. The mechanically processed pine
sample was viewed as more natural than the treated pine
sample or the MDF and OSB samples. Those who view
the painted pine sample as more natural, view the
chemical treatment of the material as more invasive.
Some participants said this is the reason why they ranked
the MDF sample as more natural than the OSB sample.
3.4 WELLBEING
Participants mentioned many aspects of buildings that
help to promote occupant wellbeing. Factors mentioned
as being important to wellbeing include: light, materials,
scent, sound, cleanliness, and indoor air quality. Open,
bright spaces with lots of (day) light were seen as
instrumental in shaping interior environments that
promote human wellbeing. Quality materials that bring
warmth and an appropriate atmosphere to a space were
also seen as important.
Respondents with no professional experience of building
materials had different expectations for public and
private buildings regarding wellbeing in indoor
environments. Public buildings are expected to have a
minimalist modern design, but homes are expected to be
cosy and warm.
Both laypeople and building professionals perceived
factors affecting wellbeing as something subconscious.
#00:58:08-1# MODERATOR: Do you see a
connection between the naturalness of the
materials and wellbeing indoors? #00:58:23-7#
#00:58:45-8# Male, architect, Norway: Well,
there is an unconscious comfort in seeing what
things are made of. #00:59:05-9#
#00:59:05-9# Male, architect, Norway: It is
comforting to see recognisable materials.
#00:59:24-2#
#00:59:39-8# Male, architect, Norway: I
actually think that most people find it
comforting and that natural materials, or
materials that are perceived to be natural, are
beneficial. It’s not anything dismal; they
recognise it from before. #00:59:58-1#
Building professionals focused on the functionality of
the building materials. They should provide warmth,
contrast (inhomogeneity) and flow to the room.
#00:32:21-2# Female, architect, Norway: I think
there are many other factors that play a role.
Materials that provide sound and reverberations
in a room, rhythm and contrasts and aesthetics
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are hugely important. Rhythm in materials,
textures, transitions between what is smooth and
what has more relief. #00:33:17-7#
When considering wood in particular, participants noted
a number of properties that promote wellbeing. Wood
can give an exclusive (fashionable, stylish) impression
(experience, sensation); lack of wood can give an
institutional feeling to an indoor environment. Wood is a
soft material that insulates and provides warmth. The
scent of wood was also mentioned as promoting
wellbeing. One respondent claimed wood could improve
the indoor air quality.
Visible wear and ageing of wood can be seen as a
positive attribute for wood products.
#00:34:01-1# Female, Norway: Wellbeing also
has to do with the relationship you have with
something. Something that you are happy with
over time; and you can see how it develops in
such a way that there is almost a positive form
of wear and tear, or signs of use. #00:34:25-9#
The size of the room and what the space is being used
for dictates which surfaces are most important for
wellbeing. Wellbeing in buildings is affected by many
diverse issues that are dependent on the type and use of
the building.
#00:56:16-2# Female, Austria: For me, my own
expectations of the building and its function are
decisive. An office has to be bright and clean
but I also like to have some human elements
included, like plants. Bright might be nice but
dark churches with old wood can create a cosy
atmosphere as well. Air conditioning is
important for me, but the smell of an old
wooden building is also nice. The worst thing is
carpeted floors; they become dirty over time.
#00:58:08-2#
Wellbeing is also related to the cleanliness of the
interior.
#00:51:11-7# Male, Austria: Wellbeing in public
buildings is dependent on their cleanliness and only
indirectly from the type of material used. Many
natural materials are hard to clean and thus might
have a negative impact on wellbeing #00:51:53-4#
3.5 WOOD MATERIALS
Ordinary people focus on feelings when talking about
the expectations they have of wood materials – wood is
supposed to be warm, give a feeling of nature and be a
breathing material.
#00:45:32-1# Male, Norway: When I enter a
room and smell wood, I am happier than when I
enter a room of steel and concrete that doesn’t
smell of anything. #00:45:49-5#
The use of wood should not be exaggerated. Preferably,
indoor environments should mix different types of wood
and combine wood with other materials.
#01:08:40-0# Female, Austria: I like to try out
contrasts and do not need to have only one
wood species. Too much wood almost makes
me feel claustrophobic. We have white walls
and ceilings that enable me to use wood for the

rest of the interior materials. I don't want
surfaces that are modified too much; one has to
see that one is dealing with wood here. It has to
fit with my needs, easy to handle and maintain
and keep its shape, more or less at least. Also
the taste, especially when I invest in wooden
furniture, is decisive. I like to experience the
taste of wood. What I also like about wood is
that there is a possibility to restore it, for
example, 50 year-old furniture. Nowadays it is
better to simply throw away MDF furniture. It is
much nicer if future generations can make use
of it. #01:10:48-7#
#01:04:21-4# Male, Austria: I love MDF,
especially for furniture. When wood is used in a
room, it has to become one unit with the other
materials. Also use of too many different wood
species appears as though it doesn’t fit to me,
this is perhaps also the reason why I like MDF
that much. Cleanability is a key issue for
material in general and specifically with
wooden materials. The material should not
change over time, dimensional stability is
important. And it has to be easy to replace.
#01:07:09-8#
Wood should not require too much maintenance, knots
should not be visible, nor should shrinkage and swelling
be a problem.
Many respondents have a love-hate relationship to wood.
Wood used the way they are familiar with from the
1980s and -90s is not popular. Old wooden farm
buildings and worn wooden floors make people
nostalgic.
Building professionals focus on the technical
characteristics of wood. How using wood can improve
the indoor environment, the weight-strength ratio of
wood and how wood adapts to different indoor climates
(e.g. levels of air moisture).
#00:47:58-8# Female, Norway: I think of it as a
wood
living
material.
Specially-treated
breathes, if you can say this. It reacts to
humidity in the air and so forth. And then you
can see that it ages. #00:48:21-7#
#01:07:09-8# Female, Austria: Wood in the
interior is primarily flooring; I wouldn't use it
for the walls or the ceiling. I would not feel
comfortable with that. A further issue is design,
colour. It has to fit with the rest of the room.
Cleanability and maintenance is important for
the floors. And surface is important for me.
There are surfaces that are very rough and still
keep a nice look over time and use. #01:08:400#
3.6 CLEANABILITY
For most of the lay respondents, material surfaces in
general are not a problem to keep clean, and they expect
them to be relatively easy to maintain. The laypeople
made a distinction between cleaning and maintenance,
noting that while there was effort involved in
maintaining wood surfaces, well maintained surfaces
were easy to clean on a day-to-day basis. However, for
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professionals cleanability can be an issue when
specifying materials in indoor environments. Especially
maintenance departments can have strong opinions on
the materials used for indoor surfaces, e.g. flooring.
#01:06:03-6# Female, architect, Norway: Maintenance is
something everyone is concerned about. It should be
robust and maintenance-free. That is a classic.
#01:06:35-4#
The kitchen and bathroom are seen as most laborious to
keep clean. The structure of the material is seen as the
most important factor for ease of cleanability.
Wood is perceived as requiring a lot of maintenance to
be able to keep clean; especially in areas like the kitchen,
where you have a lot of spilling of water and food.
Some maintenance can provide a feeling of doing
something yourself. It can be a nice activity, giving a
positive feeling of accomplishment once you have
finished the work. It looks almost like new again. But the
cleanability of material is not a big issue when choosing
material surfaces indoors.
#01:22:59-7# Female, Norway: […] we have a
solid wood table and a solid wood bench and it
is nice to be able to oil it now and again. Then it
is almost new again and you have the feeling of
having done something yourself. It’s just a nice
thing to do it. But it is just a very small project.
For building professionals, cleanability can be a big
issue. The reason for this is attitudes in the maintenance
departments responsible for cleaning and maintenance of
large areas in public buildings. Wood is perceived as a
lot of work. Surfaces should be monotonous and
consistent for cleanability and ease of maintenance.
#01:06:43-6# Male, architect, Norway: Wood is
very difficult to keep clean. In relation to
cleaning staff, wood is extremely difficult, it is
heavy […] and doesn’t look clean. So we work
hard […]. #01:07:23-6#
#01:07:23-6# Male, architect, Norway: I see
this in the cleaning department’s culture. They
want efficient cleaning, so they want vinyl and
would prefer to use exactly the same machine in
all rooms anyway. It is a company that does
everything. And there is something in all of us
that finds different characteristics or moods to
differentiate the rooms appealing. So if we are
honest, not everything has to do with cleaning.
#01:08:02-5#
3.7 ETHICS AND ENVIRONMENT
Besides the Swan, CE and Fair Trade eco labels not
many labels were recognised by the focus group
participants. They expressed a certain distrust towards
the labels they did recognise.
Building professionals wanted more and reliable
information about environmental impacts for different
building products.
Women and building professionals seem more interested
in the environmental aspects of material use, and
generally seek more and more detailed information when
buying products.
Men also tend to say they are concerned with
environmental aspects when choosing products, but

generally do not have or want to spend time on these
issues. Price and design are more important.
Several participants in the laypersons’ focus groups
expressed a time preference for making environmentally
conscious choices. It is not something they do now, but
they will do it in the future when their personal finances
have improved.
Not many certificates were recognised besides Swan, CE
and Fair Trade. Generally, both laypeople and experts
expressed a sceptical attitude towards ECO labels. The
labels are perceived as having little practical meaning.
Environmental and ethical issues are considered
important, but few layperson focus group participants
say they spend much time and energy researching this
when buying building materials.
Professionals,
particularly
architects,
claim
environmental issues are important factors for choosing
building materials. But they would like more information
and transparency about the origin of information.
For salespeople connected to the building industry, lack
of customer demand for wood products is mentioned as
the most important reason for not offering more wooden
surfaces in interiors in residential buildings.
Transportation is important in addition to production
process. This relates well to the initial discussion about
the naturalness of products.
#01:10:58-9# Male, architect, Norway: But they
don’t always know. Stone is also a natural
material but it might come from China, so it
isn’t particularly sustainable. Natural products
are not necessarily sustainable. And you can
also use natural products in the wrong place,
which makes it everything but sustainable.
#01:11:46-5#
Durability and recycling are also important factors
related to the environmental properties of products.
#01:39:59-2# Female, Norway: I think that
everything that is bought via Finn.no [a
Norwegian
sharing
economy]
is
environmentally friendly. Things that are used.
It can’t not be environmentally friendly because
it is already, it exists. #01:40:12-4#
#01:41:07-9# Male, Norway: I think about
durability, but that, but I look mostly at price
and appearance before necessarily the material.
As far as I’m concerned, it doesn’t have to be
solid wood as long as I have a feeling that it is.
#01:41:30-7#
#01:43:16-2# Female, Norway: I think, like you
said, that one uses things again, That this is the
most important thing, that it is durable and can
be reused. Even if the trends change, we can
save on this and reuse it. #01:43:43-5#
Even though participants thought that environmental
properties are important, they were not always interested
in spending much time and resources on this issue:
#01:43:16-2# Female, Norway: I think, like you
said, that one uses things again, That this is the
most important thing, that it is durable and can
be reused. Even if the trends change, we can
save on this and reuse it. #01:43:43-5#
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3.8 FACTORS INFLUENCING MATERIAL
CHOICE
The professional background of the building
professionals seemed to play an important role in which
factors were considered important when choosing
building materials. Architects expressed most interest for
environmental attributes of building materials when
choosing materials to use in the design of buildings.
Many architects lamented the level of knowledge about
building materials and solutions among most (private)
clients. The choice of building materials is influenced by
several factors:
#00:23:48-5# Female, architect, Norway: I have
a different viewpoint. The environment has
come more into focus, but one wants a place or
a room to have an aesthetical aspect or feel.
How are materials put together? And how are
they connected with the place, more and more
that local materials are used to provide an
anchor or be part of an environment or a
tradition, for example, but be used in a new
way. So it is not just the environment that
counts. There are very many decisions in
choosing materials. Look at recent years where
it was very much about how things look.
#00:24:53-7#
The architects expressed, as a general impression, that
when given the opportunity to explain why clients
should use durable and environmentally friendly
materials most clients followed their advice.
Building contractors mentioned price and location as the
most important factor, since in their experience,
environmentally-friendly building materials used were
not in demand by their customers.
#00:07:25-3# Male, Austria: We get at first the
requirements of the architects; then it is mainly
about costs. From this point we try to create a
best possible living environment in terms of
climate, humidity. Here we often see wood as
most appropriate material. Problematic here is
the lack of research about a lot of characteristics
and effects of this material, like humidity
regulation in rooms. We see relation of
mechanical properties and weight as the main
advantage of wood. Often we have to
compensate false choice of materials then with
technical solutions, like heat regulation.
#00:08:45-3#
Clients with an interest for environmentally-friendly
building materials were seen as a niche category of
clients (i.e. people using an architect when building a
house), not something customers in the mass market
were concerned with.
#00:21:21-7# Female, Austria: In the lowbudget segment is decisive. But we also see the
kind of customer who is very conscious about
the choice of material and more frequently is
using wood. When we look at the segment of
prefabricated housing, clients normally do not
have any knowledge at all about used materials.
I see the most conscious clients as those who
also scrutinise the functional properties. I know

that these aspects are some kind of luxury and
many simply have to decide only according to
the price. #00:23:14-4#
Several barriers for using wood in buildings were
mentioned, such as cleanability, public building
regulations, flammability and use of wood as floor
material:
#00:19:09-5# Male, sales agent, Austria: For
my clients technical properties are generally
mainly decisive, but the level of knowledge
differs a lot. Often customers have quite strong
opinions about materials, some of them are
right, some aren't. But normally rather the
function than emotions decide for my
customers. For walls we are mainly talking
about flammability, for floors the level of usage.
#00:21:21-7#

4 INTERPRETATION OF THE
RESULTS AND DISCUSSION
Based on the data, there does not seem to be any great
differences among the groups in different countries. This
may to a large extent be due to the fact that, with the
exception of participants in Mozambique and France,
most of the participants in focus groups were from
cultures where there is extensive use of timber in
buildings. In Scandinavia and some regions in Austria,
especially for single-family residential and townhouse
construction, wood is frequently used for interior and
exterior surfaces as well as for the structural system.
Subjects such as aesthetics and the environment were the
area in which the greatest differences were found among
participants and between the different groups. Here
participants, especially professional women in the
Norwegian focus groups, expressed a greater
commitment with respect to origin and production of
materials, and the consequences this had for the
environment.
Men among the lay participants also expressed that it
was important to consider aesthetics and the
environment when choosing materials, but that to a
greater extent this was not something that in practice
time was spent on in a purchasing situation. Several of
the participants in the Norwegian student group, among
them both women and men, expressed that the
environment was something they would take more into
consideration, or in other words be able to afford, after
their studies when they expected to have a better
financial situation than they were in while they were
students.
Professionals in Norway and Austria asked to a larger
extent than lay participants for environmental
information about the products they wished to use, and
said this was important criteria for the selection of
materials. Especially in the Norwegian group, more
information than was easily available today was
requested, and there was also an expressed interest in
that this should be more detailed, preferably linked to
technical solutions and examples of construction
projects.
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Participants with a professional background could, to a
larger degree than lay participants, use their own
experience in discussing the various subjects addressed,
and this meant that the discussions were often more
concrete and detailed than among the lay participants
who did not have any particular experience with
practical materials use.
An example of this was the Norwegian student group, in
which one of the participants had experience as a
workman/craftsman. Professionals often expressed
somewhat more realistic expectations of what the
materials might be used for, as well as what limitations
various materials and solutions have.
4.1 NATURAL BUILDING MATERIALS
The aim of asking questions related to naturalness is to
understand which building products people associate
with nature, as natural elements have been shown to
potentially have positive psychological effects on
building occupants. This question was open to
misinterpretation, as naturalness could also be
understood as usual or common materials to be used in a
building. Most participants interpreted the question as
exclusively meaning close to nature, but a few focus
group participants also used the interpretation of a
natural material as something that is common to use in
their surrounding built environment.
Focus group participants in Norway and Austria
mentioned that wood is connected to forests. They see
wood products as an extension of nature. Several people
mentioned the story and history of natural products as
important.
A discussion about what should be considered a natural
material or non-natural material occurred in all focus
groups. During the discussion, some participants in a few
of the groups expanded their understanding of what a
natural material was. Some groups would start by
mentioning wood, stone and brick as examples of natural
materials, but would after some discussion come to the
conclusion that many materials could be seen as natural
materials, as the raw material had its origin in nature.
The disagreement about what should be considered a
natural material is mostly related to the degree of
chemical or mechanical processing that can be applied to
a material before it stops being perceived as a natural
material. Most respondents rated the knot-free pine
decking as most natural, but those who disagree thought
the painted pine sample is more natural. Figure 3 shows
a graphical representation of the two dimensions the
focus group participants used to rank materials for
naturalness. The most natural materials would be in an
unprocessed natural state with no additives; and
industrial processed materials with chemical additives
figured in the opposite corner.
Another interpretation of a natural material was a
known, familiar material. Recyclability was also
mentioned, as an important factor for whether the
material is perceived as natural or not.

Figure 6: Perceived naturalness of materials.

The rankings of the material samples tend to coincide
with how the focus group participants defined
naturalness. The ranking of the materials depends on the
level of processing. The knot-free pine decking was
viewed as more natural than the treated pine sample or
the MDF and OSB samples. Those who view the painted
pine sample as more natural, thought the mechanical
processing of the knot-free pine decking was more
invasive. Some say this is the reason they rank the MDF
sample as more natural than the OSB sample.
The level of processing seems to influence what is
perceived as natural or non-natural materials. The
participants would categorise gypsum, concrete and
metal as both natural and non-natural materials. All
groups discussing the topic mentioned materials such as
wood, tiling and stone as natural. All groups mentioned
plastic, metal (aluminium) and gypsum as examples of
non-natural materials.
Whole wood samples are seen as versatile and visually
pleasing materials suitable for surfaces that people walk
on or touch, e.g. floors, walls. Many participants
associated the knot-free pine decking sample with old
wood cabins. The more processed material samples
(MDF, OSB) were seen as construction materials or
materials suited for use in furniture.
Based on the discussion from the first questions in the
focus groups, we can conclude that the concept of
naturalness has at least two interpretations among the
focus group participants: A physical meaning concerning
the origin of the material, the degree of processing and
the use of additives. It can also have a cultural meaning,
as in a material that is commonly used or is part of
traditions in an area.
4.2 WELLBEING
Wellbeing in interior environments is a complex issue
involving multiple factors such as lighting conditions,
sound (acoustics), smell, material choice and
combinations of materials, physical space, expectations,
traditions and the purpose of the building.
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Both layperson focus group participants and building
professionals
mentioned
lighting
conditions,
combinations of materials, and acoustics as important for
wellbeing. Lay participants mention different
expectations for interiors in public buildings and homes;
people can experience interiors in public buildings as
comfortable even though they are perceived as cold (i.e.
minimalistic, glass and metal interior); for home interiors
they want warm surfaces (i.e. natural surface materials
such as wood) to get a feeling of wellbeing.
Cleanability was mentioned as important for wellbeing
in both Austrian groups. No other groups mentioned this
topic when discussing wellbeing.
4.3 WOOD MATERIALS
The laypeople had mixed feelings and expectations with
respect to wood in indoor settings. Wood has
connotations of home, they like the feeling and look of
wood especially when used for flooring. They like the
natural features of wood, e.g. the smell and look. But
some participants do not want to deal with other aspects
of using wood in interiors such as maintenance and
cleaning. Several focus group participants stated that
using wood on all or many surfaces could give a
claustrophobic feeling. Wood should be combined with
other materials; otherwise people get connotations of old
wood cabins. However, it was also mentioned in one
group that the lack of wood in an indoor environment
can give an institutional feel to a building.
4.4 CLEANABILITY
Most laypeople did not see cleanability as a problem in
general provided surfaces were well maintained.
However, many see rough surfaces (e.g. old wooden
floors or tiling) as harder to clean than smooth surfaces.
Building professionals experience problems when
specifying wood for large indoor surfaces. Especially the
cleaning departments doing the cleaning and
maintenance for large public buildings prefer
homogenous materials with surfaces that are easy to
clean.
4.5 ETHICS AND THE ENVIRONMENT
Many labels were not recognised by the focus group
participants with the exceptions of the Swan, CE and
Fair Trade eco labels. The participants expressed some
distrust towards the eco labels they did recognise.
Building professionals wanted more and more reliable
information about environmental impacts for different
building products.
Women and building professionals seem more interested
in the environmental aspects of material use, and
generally seek more and more detailed information when
buying products. Men also tend to say they are
concerned with the environmental aspects of choosing
products, but generally do not have or want to spend
time on these issues. Price and design are more
important.
Several participants in the laypersons’ focus groups
expressed a time preference for making environmentally
conscious choices. It is not something they do now, but

they will do it in the future when their personal finances
have improved.
4.6 FACTORS INFLUENCING MATERIAL
CHOICE
Architects and other building professionals have very
different opinions regarding the importance of the
environmental impact of building materials when
specifying materials in building projects. Architects want
to specify environmentally friendly solutions and
materials, and see using natural materials as a solution.
Building contractors and sales department staff specify
materials based on market demand. They perceive
location, price and turnover along with technical
properties such as flammability as more important when
specifying building materials.
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DESIGN FOR CARE – USE OF WOOD IN PUBLIC BUILDINGS
Ira Verma1, Yrsa Cronhjort2, Matti Kuittinen3
ABSTRACT: Wood is a commonly used interior material in private housing in Northern Europe. However, the use is
still marginal in public buildings. This study describes findings on human perception and experiences of wood in care
buildings. Human well-being is particularly important in such environments. Therefore, focus is on the relationship
between human comfort indoors and spatial design. The buildings and user experiences are evaluated using qualitative
study methods, questionnaires, interviews and observation. The aim is to increase the understanding of how wood-based
building materials influence human experience of and well-being in indoor environments. Design criteria for care
environments, like nursing homes, day-care centres and educational facilities, are evaluated. The results of the ongoing
study are used to identify means to improve human well-being indoors and care-building design.
KEYWORDS: Care-buildings, user experience, well-being, wood, Wood2New

1 INTRODUCTION 123
Various studies have shown natural elements and views
on the nature to decrease stress and to increase the wellbeing of people. Studies have also indicated that the
human response to natural materials is very positive with
a strong preference shown for interior spaces containing
high proportions of wood. [1, 2, 3, 4, 5, 6]
The restorative impact of spatial design and material
choices is enhanced in care-environments. [5] Research
suggests that wood might have a positive effect. For
example, Nyrud and Bringslimark have surveyed the
hospital environment. Regarding employees´ perceptions,
they conclude that a patient room with about half of the
surfaces covered with wood is preferred and likeable as a
working environment. [7] Concentrations of Volatile
Organic Compounds (VOC), as indicators of room air
quality, showed negligible differences and hence little
negative health effects, between a standard room and
rooms with one wall covered with either birch or oak
panels. [8] Little research is found on end-user
perceptions, the relationship between spatial design and
material choices, and their combined effect on human
well-being.
In addition to scientific studies, the consideration of the
quality of spaces is taken into normative standards that
apply to the sustainability of construction works. The
standard for the assessment of social performance of
building, EN 15643-3 [9], includes the category of “health
and comfort”. It consists of several qualitative aspects,
like acoustics, indoor air quality, visual comfort, spatial
1 Ira Verma, Aalto University, Department of Architecture P.O.
Box 16500, 00076 Aalto, Finland, ira.verma@aalto.fi
2 Yrsa Cronhjort, Aalto University, Department of Architecture
3 Matti Kuittinen, Aalto University, Department of
Architecture

and thermal characteristics. However, no reference or
minimum values are given in the standard.
Further research on user experiences of interior materials
and spaces is needed. End-user evaluations of existing
buildings can provide a basis for future development. To
address these issues, this paper presents the results of a
stakeholder and end-user survey of four contemporary
care buildings for young children and one for frail elderly.
Additional material consists of LCA calculations for two
cases and results of a survey regarding the timing of
design choices along the design process. The focal point
of this study is on the use of wood material in careenvironments, and selected buildings illustrate different
applications of timber structures and wooden interiors.
The paper describes preliminary results of work within
project Competitive wood-based interior materials and
systems for modern wood construction (Wood2New). One
task of the project is to identify opportunities and
limitations for the use of wood through assessing possible
beneficial effects of the material on and promote human
well-being in interior spaces.

2 CASES
Four Finnish day care-centres and one care home for
elderly are included in this study. The buildings were
finalized between 2006 and 2014. The majority of the
buildings are timber-framed with different amounts of
exposed wood. One of the buildings is a log building. The
sizes vary between 500 m² and 2760 m², in one to two
storeys. Assessed buildings are listed in Table 1. Figure 1
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illustrates the Hiirisuo Playground and Day Care Centre
built in 2013. Figure 2 shows the interiors of the oldest
case building, Community Centre Palttina, finalized in
2006.
Table 1: Assessed buildings. Well-being Centre Onni is a care
home for elderly. The other four are day-care centres for
young children. Community Centre Palttina, Tillinmäki Day
Care Centre and the Hiirisuo Playground and Day Care
Centre are located in the City of Espoo. The buildings are
timber-framed, except for Pikku-Paavali Day Care Centre
representing log-construction.

Building
Community Centre
Palttina
Tillinmäki Day Care
Centre
Hiirisuo Playground and
Day Care Centre
Pikku-Paavali Day Care
Centre
Well-being Centre Onni

Year of
construction
2006

Gross
Area m2
1656

2012

1285

2013

499

2014

1323

2007

2760
Figure 2: The main hall and social area of Community Centre
Palttina constructed in 2006. Image by the author.

Three out of five cases are located in the City of Espoo.
The use of wood in public buildings in Espoo is primarily
favoured because of environmental considerations, based
on the city´s climate action plan [10]. Although the main
driver has been environmental sustainability, also
considerations of social sustainability are included in the
development of public buildings. For example, the city
organized an architectural competition for a day-care
centre with optimised carbon footprint and energy
efficiency. Quality criteria of the competition programme
additionally included “solutions that enhance
psychological well-being”. However, this was evaluated
by the jury alone without user surveys. Figure 3 illustrates
the winning entry.

Figure 1: Wooden interiors of the Hiirisuo Playground and Day
Care Centre part of this study. Image by the author.

Figure 3: Interior illustration of the winning entry of an
architectural competition organized by the City of Espoo. The
task was to design a new wooden type model day-care centre.
Quality criteria included solutions enhancing psychological
well-being. Image © K2S Architects.
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3 AIM
This study aims to identify design criteria for improving
user experiences in care environments. The care home,
day care and educational facilities selected for this study
are all recognised as buildings of high quality design, and
published in architectural journals. Some of the cases
were selected in collaboration with stakeholder partners
in project Wood2New. The aim of the project and this
study is to increase the understanding of how timberbased building materials influence human perceptions of,
and well-being in indoor environments. The buildings
were evaluated together with users. The post-occupancy
evaluation supports future development of building
design and the timber-based industry. Understanding the
timing of design choices enables recommendations for
improving the design process flow.

4 METHODS
Research methods included building documentation, an
online questionnaire, a hand-out survey and interviews.
The study is complemented by research on the timing of
design choices and LCA calculations of two cases.
The buildings were first analysed based on planning
documents and study visits on site, giving an overall
impression of the spatial design.
The viewpoint of planners and other stakeholders of the
building design process was explored through an online
questionnaire. In each building, several stakeholders were
individually contacted by email, telephone or during the
site visits. One to two stakeholders related to each
building replied to the online questionnaire (N=9).
End-user experiences were recorded by interviews and a
handout-survey, also available online. A contact person in
each building was in charge of distributing and collecting
the questionnaires. All responses (N=61) were transferred
to the online survey by the researcher. The young children
or elderly residents using the premises were not directly
involved in the study. The age or cognitive disability of
the elderly was an obstacle for using the questionnaire.
The observation on site and qualitative analysis of user
experiences were done for each building separately but
also as compared to other buildings. The responses of
different user groups within each building were also
compared. In the following responses from five of the
buildings (N=58) are analysed in more detail. Buildings
with too few respondents were excluded from this study.
4.1 QUESTIONNAIRES
Two web questionnaires were published in autumn 2015
and spring 2016. The first was targeted to building
industry professionals; architects, developers and clients.
The questionnaire focused on criteria for selecting wood
as indoor material. Priorities and objectives of the initial
building design and choice of building materials were
documented for each case. The questions related to the
importance of, for example, aesthetics, acoustics, indoor
air quality or eco-friendliness in making choices during
the building design process. Questions also related to
aspects like maintenance, hygiene and safety. Responses
were analysed by calculating weighted average scores

(wa= scale 1 to 5). Respondents were additionally asked
to self-report on positive or negative outcomes of the final
design as built and as compared to the initial plan, wood
as material choice. They were also invited to report on
possible challenges during the planning process related to
the use of wood as interior material.
The end-user questionnaire was designed to gather user
experiences of the buildings. End-users, visitors and staff
members assessed features such as perceived aesthetic,
sensory and thermal qualities of the space. Respondents
were asked to rate the space on a scale from one to five,
and selecting between pairs of adjectives like noisy-calm,
luminous-dark, official-cosy. Evaluated attributes
included the concept of eco-friendliness.
In total 7 buildings, 9 stakeholders and 61 end-users were
included in the study. For the final analysis five buildings
with responses from 58 end-users were accepted. Two
cases were excluded because of too few participants.
4.2 INTERVIEWS
Decision-making was explored by analysing the processes
of twelve recently designed buildings through
interviewing their principal designers; the architects. The
aim was to identify at which stages of a design process
decisions regarding structures and construction materials
are made. As these components create the architecture of
buildings and form the basis for the qualitative spatial
experience, the topic is of interest for the study.
The research material is complemented by earlier results
of a survey made among architects regarding the timing
of design choices along the design process.
4.3 CROSS-COMPARISON OF SOCIAL AND
ENVIRONMENTAL PERFORMANCE
A comparison between the social and environmental
performance indicators was also conducted. We
compared the results of the questionnaires (4.1) to life
cycle assessments (LCAs) carried out for two of the case
buildings; the Tillinmäki Day Care Centre and the
Hiirisuo Playground and Day Care Centre. We sought to
understand if any interdependence could be found
between the qualitative spatial perception and the
quantitative environmental impacts of the same building.
As an environmental indicator we used carbon footprint
of material production (kgCO2e). The process is explained
in detail in an earlier study by Kuittinen [11].

5 RESULTS
5.1 PROFESSIONAL
The evaluated day-care buildings are fairly new, built
between 2006 and 2014. One of the buildings is located in
a suburban area, four in the centre of a city or a small
municipality. Four of the buildings are publicly and one
privately owned. Most buildings are one storey high.
Figure 4 illustrates the interiors of one of the cases, the
Tillinmäki Day Care Centre.
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the end-user influenced on material choices. In one case
the municipality had made a political decision to favour
wood in public buildings. Main reported reasons for
choosing wood include indoor air quality (4.43), acoustics
(4.00) and aesthetics (3.86). The professionals also valued
acoustics (4.5) and indoor air quality (4.43) as best
outcomes of the projects as built. The results indicate that
the end-result for acoustics, safety, maintenance as well
as hygiene are perceived as better than expected. Figure 5
illustrates the reported design criteria for choosing wood
and the most valued outcomes as built.
Mould is a current issue in schools and public buildings
in Finland. It is reflected in the requirements for healthy
indoor air quality and design ambitions.
Figure 4: Group working room. Tillinmäki Day Care Centre
constructed in 2012. Image by the author.

In total 9 professionals related to the design of the
buildings responded to the questionnaire. Respondents are
listed in Table 2.
Table 2: Respondents of the questionnaire targeted towards
building industry professionals and commenced in autumn 2015.

Role in the building
project
Architect
Developer
Builder
User organisation
Total

Number
3
2
1
1
7

Based on the results of the survey the decision to use wood
in the interiors was generally made by the architect.
However, the policies of the municipality, the developer
and the end-user influenced the selection of materials.
Main design criteria included indoor air quality and
safety. Main reasons for choosing wood were the indoor
air quality and aesthetics. Ecological aspects were not
reported as main design criteria in the initial design phase
of these buildings. Eco-friendliness was, however,
attributed to timber buildings in general. The acoustics
was the most appreciated end-result among professionals.
Reported challenges with regard to the use of wood relate
to flammability, fire safety and energy efficiency
regulations of public buildings. Prejudice against wood
material, and concerns regarding maintenance costs of
wooden interior and exterior surfaces were also
mentioned.
The results indicate that the most highly valued outcomes
in the projects as built were not primary criteria in the
planning phase. For example, acoustics and indoor air
quality of the final building exceeded the expectations of
the architects. This is significant as the number of users in
one of the buildings was 30% higher than the planned
capacity.
Priorities in the design phase of the care buildings
included indoor air quality (wa= 3.38), safety (3.43) and
aesthetics (3.33). The architect, the developer as well as

Figure 5: Results of the questionnaire targeted towards building
industry professionals. Reported criteria for choosing wood and
perceived best outcomes as built. Scoring from 5, maximum, to
1, lowest.

The as built result shows slightly lower scores for
aesthetics and eco-friendliness than the expectations. The
eco-friendliness had good, but surprisingly the lowest
scores (3.13) overall. Neither was it reported as the main
design criteria in the initial state.
5.2 END-USERS
End-users were invited to assess the facilities they use.
They were asked to report through a questionnaire their
overall experience of the premises. The majority of the
respondents were of age group 25 to 45 (61%) or 45 to 65
(30%). Few answers from persons of age 65 and over
were collected. They were mostly members of the staff,
relatives or parents to the oldest and youngest users. Wellbeing Centre Onni is the only care centre for elderly
(number of respondents = 9). The other buildings are for
young children (number of respondents = 49). The
amounts of different groups of respondents are listed in
Table 3.
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Relative

-

6

7

-

13

-

-

8

-

8

3

-

6

-

10

1

9

9

-

18

5
9

15

2
32

2
2

9
58

Total

Visitor
Building
Community Centre
Palttina
Tillinmäki Day Care
Centre
Hiirisuo Playground and
Day Care Centre
Pikku-Paavali Day Care
Centre
Well-being Centre Onni
Total

Staff
Member
Resident

Table 3: Respondents to the end-user study.

All end-users appreciated the use of wood in the interiors.
The atmosphere created by wood was considered warm
and cosy. The aesthetics of wood pleased the users and
cleanliness was important. The few critical opinions
related more to the architecture as such rather than the
building materials. The architecture was perceived as too
modern. The lighting, temperature and odour was
appreciated. Lighting and acoustics were perceived as
best qualities in the facilities. Regarding acoustic
qualities, both sound insulation and sound absorption
were evaluated as good.
Respondents of the nursing home for elderly valued the
premises slightly differently than those from care for
children. Cleanliness was especially important in the
nursing home. However, some inconvenience regarding
the removal of dust was reported both from the day-care
centre on horizontal log walls, and from the care home for
elderly on wooden sun screening. Maintenance was
considered expensive. See Figures 6 and 7.

Figure 6: The sun shading device in Well-being Centre Onni
was reported to reduce the perception of the space of elderly
persons with cognitive decline. It was also experienced as
difficult to clean. Image by the author.

Figure 7: Pikku-Paavali Day Care Centre was evaluated the
most eco-friendly by end-users. Image by Jussi Tiainen.

Regarding the log building, users also reported on air
conditioning to dry the construction. Problems were
experienced in acoustics and air flows. This would need
further investigation.
Results of the end-user questionnaire are illustrated in
Figure 8.

Figure 8: Results of the end-user study: perceived qualities of
the space (N=58). Scoring from 5, maximum, to 1, lowest.
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The user perceptions of eco-friendliness varied for the
buildings. The users of the log building, Pikku-Paavali
Day Care Centre, perceived it as the most ecological. The
majority (55.6%) of the respondents gave it the highest
scores on eco-friendliness. The Palttina Day Care Centre
was also considered eco-friendly by the end-users.
Responses regarding the perception of eco-friendliness
are collected in Table 4.
Table 4: End-user perceptions of eco-friendliness. Scoring from
5, maximum, to 1, lowest.

Score (%)
All respodents
Palttina
Tillinmäki
Hiirisuo
Pikku -Paavali
Onni

1
0
0.0
0.0
0.0
0.0
0.0

2
3
7.7
0.0
11.1
0.0
0.0

3
32
15.4
50.0
66.7
11.1
55.6

4
32
23.1
50.0
22.2
33.3
44.4

5
33
53.8
0.0
0.0
55.6
0.0

5.3 DESIGNERS
Results regarding the timing of design choices affecting
spatial characteristics are shown in Figure 9. In this study
we focus on the decision-making of the shape and
orientation of the building, supplementing structures
including cladding materials, building systems
influencing indoor air quality, and the yard which has an
impact on the views from inside. The coloured lines
illustrate how often the choice for each structure group
was made (y-axis) in each design stage (x-axis). Decisions
affecting the shape and orientation of the building are
made earlier than those that affect supplementing
structures, building services and the yard.

Two of the newer day-care buildings, the Hiirisuo
Playground and Day Care Centre and the Tillinmäki Day
Care Centre, were additionally analysed in more detail
regarding their environmental impact using LCA. Table 5
lists the results.
The outcome reveals the differences in the carbon
footprint of the two timber-framed buildings. In almost all
building part categories the Tillinmäki Day Care Centre
had larger emissions than the building in Hiirisuo. Several
factors lead to this result. For example, the foundation
conditions in Tillinmäki were more difficult and required
soil stabilisation with large GHG emissions. Furthermore,
the cladding in Tillinmäki is made of metal, which is
emission-intensive in its production stage.
Table 5: The ecological impact of two studied cases according
to a carbon footprint calculation (kgCO2e/m2). Functional
units: 1m2 of site area (Groundwork, Foundation, External
Structures) and 1 m2 of gross floor area (Frame, Roof,
Complementary Structures, Surfaces and Claddings).

Building part
Groundwork
Foundation and External
Structures
Frame and Roof
Complementary Structures
Surface and Cladding

Hiirisuo
54.43
55.03
195.23
30.21
92.89

Tillinmäki
88.88
84.51
246.39
26.52
122.41

Figure 9: Timing of decisions. The design choices that have an
impact on the quality are taken during the preparation, concept
design and developed design phases.

Furthermore, we analysed which stakeholder groups seem
to hold the power in making the decisions that affect shape
and orientation, supplementing structures and building
systems. The results are illustrated in Figure 10. It appears
that the traditional view of an architect as a key decisionmaker holds true in this survey as well. The owners and
end-users seem to have a marginal role when decisions on
“technical details” are taken.
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Figure 10: The role of stakeholders in decision-making. The
traditional view of the architect as an important decision-maker
holds true in the survey.

6 DISCUSSION
This paper presented a study of designer, stakeholder and
end-user perceptions of material use and choices in daycare centers and a care home for elderly. The aim is to
identify criteria for improved user experiences in care
environments.
Even though the architect makes the final decisions and
plan, different stakeholders of the design and building
process affect the choice of materials. For instance, an
architect may make choices based on aesthetic
considerations, the project manager may focus on life
cycle costs and the facility manager ponder on
maintenance issues. These viewpoints can lead to
conflicting interests. The choice of materials is
additionally guided by building regulations concerning,
for example, fire safety, acoustics, indoor air quality and
the accessibility of public buildings.
Also end-users are a heterogeneous group of people. They
may have different roles in the building, such as visitor,
staff member or cleaner. Each person has a personal
experience of the spatial design, materials, light and
colors, and they value the importance of the design and
materials differently in different contexts. Personal
memories, expectations, emotions and beliefs influence

the user experience. The building can also have various
occupants during its lifecycle and there are different user
groups working in each premises. They may appreciate
diverse qualities of the space. Some emphasize acoustics
and lighting, others cleanliness and durability. The
importance of ecological issues is increasing as well.
According to literature, an evaluation of buildings with
users and professionals gives a comprehensive
understanding of the building and processes leading up to
the end result. The aim should be to aid the creation of
facilities supporting better the activities of the end-users.
Care buildings for elderly and young children focus
strongly on the well-being of the occupants. An end-user
assessment generates information on user satisfaction.
According to Visher (2008) it may also lead to better
procurement processes and add to the economic value of
facilities. [12] Zimmerman and Martin (2001) see the aim
of post-occupancy evaluations of buildings as a means to
improve the fit between occupants and their buildings
[13]. The assessment of premises together with the users
enhance a continuous development of design practice.
This study presented the results of an end-user evaluation
of four day-care centres and one care home for elderly,
and the results of a survey on decision-making processes.
In addition to safety, the quality of space, lighting,
acoustics, materials and indoor air are important for the
vulnerable user groups of care-environments. Interior
materials influence both the visual and sensory
environment. These aspects were generally appreciated
by the users of the presented cases, receiving an average
value close to 4 on a scale from 1(lowest) to 5(highest).
The use of wood was generally perceived positively.
Based on an interview of several architects by Häkkinen
et al. [14], it can be observed that the choices that affect
the perceived quality of the indoor space – namely surface
materials, building services – are decided during the
concept design and developed design stages of buildings.
In only one of the studied projects these were given in the
strategic definition phase. We argue that if “psychological
well-being” is aimed at, the corresponding design criteria
should be set already in the project preparation and
commissioning phase. Also the consideration of the
aspects of social performance of buildings, as given in EN
15643-3, would call for the setting of criteria in the
beginning or even before the design phase.
The Tilinmäki Day Care Centre and the Hiirisuo
Playground and Day Care Centre were additionally
analysed in a life cycle assessment study. Their carbon
footprints were calculated and compared to corresponding
public buildings that had concrete-frames [11]. According
to the results the total greenhouse gas emissions in the
wooden day-care centres were lower than in compared
alternatives. However, in the sub-category of
“Complementary Structures”, which includes interior
claddings, the emissions from wood-framed buildings
were clearly higher than in the alternatives.
This raises an interesting question: should public builders
allow for higher carbon footprints in interior cladding
materials, if they yield better quality spaces? Furthermore,
how could the perceived quality of space, its construction
costs and carbon footprint be optimized? The cross-
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comparison of quantitative and qualitative aspects of
wooden public buildings calls for further research.
An interesting observation is that when cross-comparing
the perceived ecological appearance (Table 4) and the
measured carbon footprints (Table 5) of two buildings the
results are conflicting: The users felt that a building that
had a larger carbon footprint was more ecological than an
alternative with lower actual emissions. This finding is
difficult to interpret, especially as the results are for two
buildings only. Furthermore, in the case of Pikku-Paavali
Day Care Centre, the municipality has been strongly
promoting innovation in building with wood, and the
Community Centre Palttina was built as part of the
Housing Fair Finland and hence had a lot of publicity. The
public discussion may have influenced user perceptions.
However, more research is needed to understand whether
the architecture or location of the building, the weather on
the observation day or the furniture in the building could
affect the perceived feeling of ecology and how much of
the perception is actually linked to those components that
define the environmental performance of the building.
Architects have a role in designing buildings that promote
the well-being of users, and are efficient in both use and
energy consumption. The public procurement process
could be developed to increase end-user involvement in
the planning phase. This would add to the user
satisfaction. An open and credible user evaluation can
lead to innovations in the building sector.

7 CONCLUSIONS
The results of this study support earlier findings on the use
of wood and natural elements in interiors, their
relationship with human positive perception and for
reduced stress. New findings include unexpected
outcomes of the design and choices of materials such as
perceived beneficial effects on acoustics and indoor air
quality. Wooden surfaces also seem to give the user an
impression of being more ecological as compared to other
materials. In general, wood-framed buildings also score
better in quantitative life cycle assessments than
alternative structural solutions. Thus we conclude that
wooden structures should be favoured on the basis of both
social and environmental sustainability.
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THE ROSE
D.Bylund1
ABSTRACT: This paper describes the author’s approach to the development of a Learn-by-Making unit for students of
architecture. The design, construction and installation of two parkland seating structures located in the Nedlands Rose
War Memorial Park, in an inner suburb or Perth, Western Australia is the primary case study provided as a successful
example of Learn-by-Making in practice. Commissioned by The City of Nedlands, the project was undertaken by 4th
and 5th year Master of Architecture students enrolled at the School of Architecture, Landscape and Visual Arts (ALVA)
at the University of Western Australia (UWA) and supervised of the author, acting as both Project Architect and Unit
Coordinator.
KEYWORDS: Timber design, public sculpture, Learn by Making, LbM, prefabrication, architecture students.

1 INTRODUCTION 123
Learn by Making (LbM) has the potential to be a
rewarding process that can provide architecture students
with an opportunity to develop an appreciation for
design, documentation, construction, materiality and
client/authority/consultant liaison in the context of a real
project.
As a teaching methodology, it can be high risk. Short
time frames, usually only one semester, inexperienced
time-poor designers, full-scale construction requiring
significant behind-the-scenes logistical organisation,
infrastructure, transport and onsite based installation can
make LbM a daunting proposition. This begs the
question, why do it? In the author’s opinion, LbM is
undertaken for a variety of reasons, not the least, the
positive feedback from the students who experience the
satisfaction of having designed and built something of
significance. But it is more than this. William J.
Carpenter, in Learn by Building states that:
‘The architect should not remain distant from
the act of making … (he/she) ... should not
simply observe … (but) … be immersed in the
potential construction and its concept’ [1].
The pragmatics of attempting to interpret the abstracted
representations of a design to produce its literal
realisation is a learnt art. A person who builds from
plans must first be able to interpret and apply the design
intent that the plans represent. This learnt art has value
for architect and builder alike.
Architects rarely build the schemes that they create and a
knowledge divide often exists between those who design
and those who build. Neither participant exist in
isolation and yet rarely do either experience each other’s
craft. The introduction of Learn-by-Making into
1
David Bylund, University of Tasmania,
david.bylund@utas.edu.au

architectural education represents one approach intended
to increase an appreciation amongst architectural
undergraduates of the difficulties that can be
encountered in the realization of an idea or concept that,
prior to its construction, only existed in abstracted form.

Figure 1: The Roses. Designed by University of Western
Australia’s, Master of Architecture students, Soudabeh Alavi
and Hamidreza Mahboudi Soufiani in 2014.

Through the act of constructing one’s own design,
participants can develop an increased awareness of the
need to understand sound construction techniques, the
relationships between form and structure, and the
fostering of a greater appreciation of materiality. Good
design can benefit from an increased awareness of issues
associated with producing that design. Traditional or
theoretical architectural education does not always
acknowledge this. In a forthright assessment of the state
of architectural education and its shortcomings in the
UK, Oliver Wainwright states that architectural
education should be:
‘…a discussion of places and spaces, cities and
landscapes, a discipline of engaging with the world
around us’, … but that with ‘…astronomical fees
and paltry job prospects, it's time our professional
architecture courses came back to the real world’
[2].
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Wainwright’s observations of architectural education
speak of a rigid, out-of-touch and expensive course
structures that lack a connection to the world as it is
today.
Students of architecture are typically taught design, in
the context of an architectural studio overseen by an
experienced architect, by presenting theoretical solutions
to a given brief. The designs are usually presented in
drawn and virtual formats via two and three dimensional
representations with supplementary scale models. The
nature of building materials, architectural physics and
the application of building standards are usually taught
independently, and depending on the curriculum, a
theoretical application of these aspects of construction
will be applied to the projects undertaken in the studio.

experience resulting in the realization of their design at
full scale.
1.1 CONSIDERATIONS FOR THE
DEVELOPMENT OF A LEARN-BY-MAKING
PROGRAM
Learn-by-Making can be extremely rewarding for both
the educator and the student, conversely, failure to
successful complete a project can result in serious
implications for the student’s assessment and the
requirements to deliver a completed project for the
client. As with any building project, unforeseen
difficulties can arise and these need to be managed to
allow the students to maximize their learning
opportunities and still ensure that sufficient work is
completed to allow assessment.
When the inevitable difficulties do arise, such as delays
in approvals, material supply issues and equipment
failure, they can be leveraged to contribute to the
learning outcomes. Students often have had little or no
prior experience with workshop tools, handling building
materials, and the many difficulties encountered in
project coordination. Learn-by-Making must take these
factors into consideration and the program should be
structured to ensure that adequate technical staff are
available to assist. Additional time should be included in
the program to accommodate unforeseen delays.
Because of its compressed time frame, it is essential to
negotiate a prearranged fast-tracked approval process
with consultants and local authorities if required.

Figure 2: A typical group of architecture
participating in an architectural studio.

students

Dr Gary Stevens, another vocal critic of modern
architectural education, points out that there should be a
greater emphasis placed on architectural students
understanding fundamentals, essentially teaching design
based on first principles. He espouses that students be
taught:
‘… how to draw … (gaining an) … understanding
(of) building codes, the rudiments of structural
analysis (and) the principles of construction…’ [3].
These appear to be common sense aspirations, but in the
author’s experience, traditional theoretically based
architectural education can benefit greatly from seeking
experiences in the practical application of these
fundamentals.
One way to address this is to introduce LbM into the
curriculum and let the LbM process be a vehicle for such
an ideal. Learn-by-Making does not propose supplanting
the traditional model. Rather, it provides a practical
method of supplementing theoretical design exercises
with a manageable physical project designed specifically
to compress normal design and construction processes
and timelines. It should accommodate semester
timetables, while still providing students with a valuable

Having a structural engineer as part of the educational
team, even as an external consultant, is also key to a
LbM project’s success. Engaging periodically with an
engineer will provide students with regular applied
feedback on the structural imperatives they should
consider with their design, provide a streamlined path to
certification if required, and provide an additional layer
of expertise throughout the construction process.
1.2 PROCCESSES, MATERIAL CHOICES AND
CONSTRUCTION METHODS
The Learn-by-Making model developed by the author
provides the students with equal design time to develop
their respective solutions. Students are paired and spend
a set period designing their project according to the
project brief. This programming must be strictly adhered
to ensuring adequate time is provided for construction.
At a nominated stage in the program, the suite of designs
produced by the students are presented to a panel of
assessors, comprising the unit coordinator, a
representative of the client and the consulting engineer.
The panel should consider how the brief has been
addressed, form and function of the design and its
buildability within the constraints of the budget and
available workshop facilities. Depending on the project’s
intended location, adopting a prefabricated approach
ensures that students undertake the majority of the
construction in a controlled environment. Prototyping

WCTE 2016 e-book | 5888

can also benefit if multiple construction processes are
available. Undertaking a mock assembly in the confines
of the workshop will also assist final assembly on site.

an Australian Timber Design Award for Recognising
Excellence in the Use of Timber Products in the Treated
Pine category in 2013.

2 CASE STUDIES
2.1 SWEDEN
The author’s initial attempt at facilitating a Learn-byMaking exercise was undertaken at the School of
Architecture and the Built Environment at the Swedish
Kunliga Tekniska Högskolan (Kings Technical
University) in Stockholm in conjunction with Dr.
Andreas Falk in 2010. This project was undertaken
within the confines of an Architectural Technology unit
entitled
Translated
Structures
and
Material
Combinations. In addition to lectures, materials research
and assignments, the students were provided with plans
and materials for a simple box beam grillage structure.
The task was to construct and test the structure and
reflect on the process of translating the design into its
built form.

Figure 4. Carey Baptist College permaculture garden shade
pavilion. Plans: Dustin Diep & Sing Liang Chai.

2.3 NEDLANDS BUS SHELTER

Figure 3: Swedish architecture students build and test timber
box beam grillage structure in 2010. Design Credit: P.J Yttrup
& Associates in conjunction with the Centre for Sustainable
Architecture with Wood.

In 2014, the ALVA students were commissioned by the
City of Nedlands in Perth, Western Australia, to design,
construct and install a bus shelter on a busy highway as
part of a city-wide bus shelter upgrade program. The bus
shelter brief required the students to apply the public
transport authority’s design guidelines to ensure
compliance with the appropriate standards. The project
was constructed in components in the faculty workshops,
assembled off-site and transported to the site.
Construction took six weeks and installation took one
day. As with the permaculture garden project, the
architecture students were required to research technical
timber related topics, present them to the class and apply
the principles to their designs. This project won the
Australian Timber Design Awards for Recognising
Excellence in Timber Design in the Treated Pine
category in 2014.

2.2 CAREY BAPTIST COLLEGE
PERMACULTURE GARDEN SHADE
PAVILION
This was the first LbM project attempted by the author
as a stand-alone, full semester elective unit for 4th and 5th
year Masters of Architecture students at University of
Western Australia’s (UWA) Faculty of Architecture,
Landscape and Visual Arts (ALVA).
The project brief called for a shade structure to be
located in a primary school permaculture garden. It was
required to provide shade during school hours, act as a
focal point for the garden and provide teachers a place to
hold small classes in a sheltered outdoor environment
within the confines of the garden. Parallel to designing
solutions for the project brief, the students undertook a
series of small timber related technical research
assignments to complement and expand their general
timber design knowledge which they presented to the
class progressively over the semester. This project won

Figure 5. The Bus Shelter on Stirling Highway in the City of
Nedlands. Plans: Clare Holmes & Lan Nguyen
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2.4 THE ARRAY AND THE WOOD WAVE
The project brief for semester one of 2015 was to
provide a formal seating area in the pick-up and drop-off
zone for students at a local primary school near the
university. Unlike the previous semester’s project, some
more conservative proposals emerged from the design
process, allowing two projects to be constructed. One
project was to be located at the primary school as
intended, and the other would be located at the entrance
to the School of Architecture, Landscape and Visual
Arts. As public seating structures, the brief allowed for
treated pine to be used structurally, but native Australian
hardwoods were specified for all surfaces that would
come in direct contact with users. In a break from
previous projects, the proposal for ALVA included
strong organic forms reminiscent of a stylized wave or
dynamic ribbon and combining three different types of
timber products, Radiata pine for its structural frame,
Marine Grade Plywood for cladding and prefinished
Jarrah decking for the seating surfaces.

required. The brief required the design and construction
of a predominately timber based shade structure that
incorporated a casual seating element to be located in
line with the parks central axis.
Its intent was to provide a focal point within the park
context and connect to the contemplative rose garden
theme embodied by the heritage listed war memorial and
associated gardens.

The primary school project, The Array, is very popular
amongst the students and has demonstrated that even
simple repetitive rectilinear forms can be appealing. The
ALVA project, The Wood Wave, was also entered into
the 2015 Australian Timber Design Awards, being in
direct competition with The Rose from semester two in
2014. It was awarded runner up, being one of two
finalists in the Treated Pine category.

Figure 7: Nedland’s Rose Memorial Garden Site Plan
Figure 6. Top - The Wood Wave by Anna Mustard and Kristen
DiGregorio. Bottom – The Array by Tamara Glick and Aine
Dowling.

3 THE ROSE
3.1 THE BRIEF
In semester two of 2014, the City of Nedlands once
again engaged ALVA, this time to design and construct a
shade structure for one of the city’s war memorial parks.
The brief called for a proposal that would provide some
shade and a reflective place to sit for visitors to the
memorial. Given the success of the previous two
semesters’ work, this new suite of students embraced the
challenge wholeheartedly.

Figure 8: Top - Existing heritage listed structures at the entry
to Nedland’s Rose Memorial Garden.

3.2 SITE

3.3 CLASS SOLUTIONS

The project was located in a suburban war memorial,
making the design brief for this project significantly
more challenging than any of the prior projects
undertaken by prior classes and as such, a greater degree
of contextual, emotional and social sensitivity was

The class comprised 16 architecture students and, as
with units of a similar nature held in previous years, they
were paired to develop and present their proposals within
a very short time to allow for construction, testing and
installation. A broad range of solutions were developed,
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ranging from cuboidal three dimensional grillage
structures to elegantly screened lineal pavilions. Figures
9, 10 and 11 provide some examples of the student’s
work.

as can be seen in the development sketches in Figures
12.
The design is deceptively simple, ultimately appearing as
two, side-by-side squares, each with a cruciform central
column with radiating 1/4 ‘mega-petals’ and angled
seating benches. Refer to Figure 15.
The twin structures straddle a central walkway, ensuring
visitors engage with the structure. Refer to Figure 14.
The confluence of members that occur at the intersection
of each quarter’s ‘petal’, reach to the sky suggesting a
much more complex structure.

Figure 9: Proposal by Rebecca Hawker & Erin Fowler.

Figure 12: Developmental concept sketches exploring the
Golden Mean ratio evident in the petals of a rose and its
transition from organic to rectilinear by winning students,
Soudabeh Alavi and Hamidreza Mahboudi Soufiani

Figure 10: Proposal by Andrew Nguyen and Danny Nguyen.

Figure 11: Proposal by Jaime Mayger and Daniel Martin

3.4 THE ROSE
Of the eight designs proposed, the Timber Rose proposal
by Soudabeh Alavi and Hamidreza Mahboudi Soufiani
was a standout. It featured innovative and imaginative
technical detailing with an eye catching dynamic profile.
The student’s solution adapted the Golden Ratio evident
in a rose’s petal structure and skillfully reinterpreted it
into an interlocking, four mega-petal, planar arrangement

Figure 13: Perspective and elevations of the winning proposal

An inventive and well thought out process explored the
student’s journey from organic forms through to their
rectilinear outcomes. This process tested a range of
methods to express a curvilinear object along a series of
overlapping vectors.

WCTE 2016 e-book | 5891

Figure 16: Plan view of one rose

Figure 14: Site Plan of the winning proposal showing the two
central columns and the extent of each of the four sided ‘petal’
arrangements

3.5 CONSTRUCTION CHALLENGES
Despite the student’s exhibiting a high degree of
enthusiasm for this project and the broad range of
project’s successfully completed by previous years,
building this project was a challenge because of its
design complexity, scale and unique structural
challanges.
As with previous projects, the proposal was required to
incorporate Designed for Manufacture and Assembly
(DfM) principals to allow project to constructed in a
workshop in components and transported to site where it
would be reassembled. Despite its complex nature, each
rose has only two axis allowing for each of the two the
main cruciform elements to be assembled horizontally
and lifted into place. Refer to Figure 17.

Figure 15: Plan view of one rose showing the four ‘megapetals’

Figure 17: Perspective views of the central column and
column with primary outrigger arms

The elements were broken down into their individual
components according to the schedule of parts optimized
through extensive three dimensional computer modelling
and a scale physical model. This minimized the amount
of calculations and shop drawings required by the
students throughout the construction process. As two
rose structures were required, lessons learnt from
building the first structure allowed for a degree of
streamlining for the second rose.
Being a free standing top heavy structures, the
interconnected issues of height, wind load, weight and
balance were overcome through an exhaustive process of
consultation with the structural engineer. The result was
a successful collaboration between the architectural and
structural design disciplines, serving as a valuable
learning exercise for the students and a rewarding
endeavour for the engineer. The solution involved the
incorporation of the surrounding monolithic concrete
path and footing acting as a counterbalance to the
overhead, cantilevered rose structure.
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Figure 21: Both roses in place at the workshops. The structure
on the right is having the petals fitted.

3.7 COMPLETED PROJECT
Figure 18: Engineer’s detail of the column footing detail and
steel base plate. Image Credit: Scott Smalley Partnership

3.6 CONSTRUCTION PROCESS
Each rose was fully constructed in the university
workshops, disassembled and then reassembled on site.
Being the largest structures undertaken to date by the
course, considerable thought was given to the the most
efficient method of construction whilst ensuring student
safety at all times.

Figure 19: Half of the central column and outriggers being
assembled on the workshop floor.

As with the Carey Baptist College Shade Pavilion in
2013 and the City of Nedlands Bus Shelter in 2014, this
design won its category for Recognising Excellence in
Timber Design in the Treated Pine category at the 2015
Australian Timber Design Awards. Figures 22, 23 and 24
show the completed structures.

Figure 22: Completed project in its parkland context.

Figure 23: View looking up at the two roses side by side.

Figure 20: Central column and outriggers temporally propped
in place. Note the use of scaffold and caged safety platform.
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ABSTRACT: As the construction industry shifts during the third Industrial Revolution it is imperative that
computational tools (software and hardware) are being integrated into existing and new design/fabrication
methodologies. Timber buildings were traditionally designed, fabricated, and erected by master carpenters, the
‘designer-makers’ while contemporary building design and construction requires input from multiple stakeholders and
consultants. The direct nature of the digital design and fabrication process combined with the flexibility and workability
of timber and wood products can allow a recombining of designer and maker disciplines to enable individuals and
groups of designer to conceive, document and produce complete building solutions. Concurrently, pedagogical
environments and delivery are required to adapt in order to produce the next generation of designer / maker. This paper
explores the role of digital design (parametric and associative workflows) and fabrication (CNC machining)
methodologies in a pedagogical environment as a mechanism to empower future design/makers and challenge current
expectations of the design and procurement of timber-based construction.
KEYWORDS: Digital design, parametric-based digital workflows, studios, designer / maker.

1 INTRODUCTION 123
Timber buildings were traditionally designed, fabricated,
and erected by master carpenters, the original ‘designermakers’. When the complexity of buildings increased to
move past the control of a single master carpenter,
specialization resulted. Contemporary building design
and construction requires input from multiple
stakeholders and consultants. This fragments the design
and assembly process and requires greater coordination
and risk management between disciplines. This paper
speculates that the direct nature of the digital design and
fabrication process combined with the flexibility and
workability of timber and wood products can allow a
recombining of designer and maker disciplines to enable
individuals and groups of designer to conceive,
document and produce complete building solutions. It
illustrates these potential of this speculation through an
investigation of two University-led digital timber
design/make studios.

2 THE POTENTIAL OF PARAMETRIC
FABRICATION
Architecture, structural engineering and building
construction are design-based practices that require the
considered application of materials in specific
arrangements and assemblies during both the design and
fabrication phases. Those active in the design phase
conceive and document the applications, while those in
the fabrication phase realise them in the project. In times
past, these two roles of designer and fabricator were
1
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combined, with a master-builder or carpenter assuming
control of all aspects of design and construction. Designs
grew from their intimate understanding of the forms they
were wishing to achieve and the materials available to
realise them. When compared to the current construction
industry, the dual role of designer / maker has long
disappeared from anything besides bespoke furniture
making. Over time designers, builders, craftsmen, and
manufacturers became more segregated, fragmenting
technical specialisation and knowledge [1]. This enabled
rapid advancement of each area independently, but
usually in isolation from other specialisation. Within the
current design and construction environment, material
choice and selection options are vast but the capacity to
understand material properties and performance is
reduced. In response to this, material suppliers tend to
standardize their offerings to remove the necessity for
designers to understand the intricacies of their products
and system.
Consequently, the contemporary building design and
procurement process has fragmented expertise and
created numerous risk, knowledge and management
interfaces. This fragmentation encourages conservatism
in design and material specification and use, especially
for anisotropic materials drawn from reductivelyproduced renewable resources such as wood. In this
model, the university educated and office-based
designer, comfortable with the uniformity of
transformatively-produced steel and concrete, is severed
from construction practices and tactile experiences of
direct material contact. Procurement processes reinforce
these tendencies. Contract tendering procedures often
require generic solutions to be developed to prevent
favouring one system or contractor over another. This
stifles the partnering and collaboration required to
maximise the benefits provided by the integrated
designer-maker [2].
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Digital design and fabrication processes present
opportunities to reverse this process and reconnect the
designer with the realities of construction and the delight
of material: concatenating the currently fragmented
process into a viable designer-maker role. The adoption
of computer numerically controlled (CNC) fabrication
tools helps to bridge the gap between design and
construction.
When
partnered
with
advanced
computational
methodologies,
CNC
fabrication
reestablishes a direct connection between the design and
making processes, especially when partnered with easy
to work, versatile materials such as timber and
assembled wood products.
In the first generation of computer aided practice,
architectural design to construction processes followed a
relatively top-down linear workflow in which “[the]
objective here was simply to use the computer to make
the designs of the architect realisable.” [3]. Early
computers simplified (but did not supplant) the
traditional design and documentation process. In this,
strategic decisions were made at the beginning of the
process and increasing detailed layers of information
were laid over these decisions as the design developed.
Each additional layer of information was an investment
in time and decision-making, recorded on paper or
simple 2D digital drawings. The designers resistance to
changing the initial strategic decisions of a solution was
very strong because potentially little or no value could
be recovered from the subsequent layers of information
invested in the design. This was due to the way that
information was recorded in drawings and the often
unique nature of details. In many cases, change to the
initial arrangement of the design lead to the manual
redesign of most components. Also, these methodologies
saw architectural design remain separate from the
construction phase, in keeping with the requirements of
traditional procurement/tender processes. In many cases
inherent material, computational and machine-based
parameters were not incorporated into the design process
early enough (or at all), often resulting in projects that
missed the opportunities that a combined design/make
process could have offered. This separation eliminates
many potential design opportunities and efficiencies that
exist when the two are more closely aligned and reduces
the potential to accommodate the natural variability of
renewable materials such as wood.
When computers and software platforms advanced
sufficiently to allow for a linked 3D model of an entire
building, the design process changed. If parameters were
set to the performance of building components, then a
change in the initial design concept (or in subsequent
decisions) did not lead to the loss of investment in time
and thought. Initial arrangements could be changed and
the model could automatically upgrade details. Similarly,
initial decision, such as column spacing, could vary
automatically to take into account allowance made
during later detailing.
The
intermixing
of
design
process
with
fabrication/material variables allows for a closer

engagement with materials and process, providing a
platform that fosters design experimentation utilising
real parameters to explore potential outcomes. This
parametric methodology allows for the interplay of
design variables throughout all stages of a design
process. In the context of an architectural investigation,
each stage of construction process (material, machine,
weight, transportation, etc) offers its own array of
specific constrains and opportunities. A decision in
relation to the material has variable influence on the
machining conditions; the specific cutting tool has a
direct and alterable effect on machining resolution, and
so on. The vast array of possible intermeshing of
parameters at all stages of a design process establishes a
fertile environment in which digital design and
fabrication can be investigated.
With CNC manufacturing becoming integral to the
construction industry over that last 20 years there is
significance in developing more advanced workflows
between design and fabrication. The availability of
digital fabrication within industry provide a new
capacity for mass-customisation of singular (or unique)
building elements. This is opposed to the standarised ‘off
the shelf’ attitude that characterized the latter part of the
20th Century. This capacity for customisation reinforces
the connection between materiality and the act of
making, giving computer-capable makers an advantage
in the procurement of buildings as they form a niche
knowledge base with the industry.
It seems obvious that digital design tools could be
seamlessly
integrated
into
a
digital
manufacturing/construction workflow. However a
disconnect remains between design and making. With
the construction industry slow to adopt widespread
change, especially isolated countries such as Australia,
there are significant obstacles to overcome in
communicating wider digital processes. Advanced
digital tools are providing an ever-increasing level of
control over the geometry and articulation of form in the
design process. Designers have the capacity to develop
detailed 3-D models of buildings and their components,
often parametrically. These models have the potential to
contain sufficient detail to enable the object to be
directly fabricated. In some cases, there is a direct link
between the design software and CNC machines,
removing the interface between drawings and
construction completely.
As designers and fabricators become more experienced
in advanced digital toolsets, greater levels of skill and
experimentation are evident in the work produced. The
capacity for greater input in the consideration and
methodology of fabrication and construction throughout
the process is growing continually, with designers
commonly sending files direct to a fabrication facility,
bypassing a contractor completely. This brings the
immediacy of making back into the design process,
allowing (and forcing) a greater understanding of both
industrialised processes and the intricacies of material.
The designer can see both the successes and failures of
their decision making. Kolarevic [2] suggests that the
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inclusion and directness of these widely varying
parameters offers a bottom-up approach to architectural
consideration,
significantly,
strengthening
the
relationship between designing, making, material
understanding and other design inputs.
If this is the direction that the design and construction
industries are moving towards in the 21st Century it is
critical that a pedagogy framework exists to provide an
arena for experimentation and exposure to the process
for those involved and those seeking to be involved in it
in the future/

3 UNIVERSITY ENVIRONMENT
A university pedagogical environment provides an ideal
platform for investigating approaches to advanced
parametric-based digital design workflows that have an
intrinsic connection to material and fabrication concerns.
By empowering a developing designer to acquire a
greater understanding of material characteristics (such as
the behaviour of engineered timber products) in
combination with access and a skill sets to manipulate
digitally driven workflows (parametric design and CNC
fabrication), their ability to conceive and realise artefacts
can extend the quality of their solution beyond what is
considered a ‘standard’ outcome, given their skill level,
the material palette provided and the construction system
proposed.
Effective education and training of those to be involved
in the digital design and fabrication process requires
their engagement in the complete exercise: from
conception, through design, fabrication to erection.
Multi-disciplinary learning-by-making studios provide a
powerful vehicle for introducing designers and makers to
the overall digital design and fabrication process. The
last 10 years has seen architecture schools around the
world experimenting with modes of pedagogy for
integrating digital process (virtual and physical) in
design-build studios. The Architecture Association’s
Design & Make series of installations at Hooke Park,
Dorset, UK, have evolved into their Design & Make
Masters program, providing a setting for larger
traditional/digital structures to be considered. See Figure
1.

Figure 1: Robotic fabrication of solid timber trunk [5]

As outlined in The Robotic Touch [4], significant
research-based investigation at ETH Zurich has been
underway for the past 10 years, examining the potential
impact of using industrial robots directly in building
construction. These efforts and the work of similar
institutions places the architectural profession in a strong
position to regain the ‘craft’ of designing and building in
the digital age.
The University of Tasmania’s School of Architecture &
Design (UTAS) has a long standing tradition of studiobased pedagogical learning-by-making programs. With
the acquisition of a CNC router in the mid-1990’s,
UTAS has been leading the field in Australia in
architectural-scale CNC fabrication processes. With a
desire to investigate the boundaries of this (and
associated) technologies in an educational environment,
UTAS has been exploring modes of integrating
fabrication with advanced parametric workflows.
Two University-based digital timber design and
construction studios illustrate how a multi-disciplinary
team working within an ‘inclusive’ digital design/make
environment best encourages this emerging designermaker role when coupled with timber’s workability and
ease of processing. The first of these is a Digital
Fabrication with Timber Studio (DFTS) designed
primarily for practitioners, and the second is a timber
design
and
construction
studio,
primarily
accommodating architectural undergraduates. Both
studios were framed to exposed participants to the
potential of the material and the overall project process
from conception, through design, fabrication and
installation.
3.1 DIGITAL FABRICATION WITH TIMBER
STUDIO
2013 saw UTAS’s Centre for Sustainable Architecture
with Wood (CSAW) develop an intense workshop model
with the Digital Fabrication with Timber Studio (DFTS).
This 3-day design/build studio was in direct response to
the increasing desire of designers and makers to gain
experience across the entire digital design and
fabrication process, specifically in the area of
contemporary timber construction.
Conceived in order to promote a multi-disciplinary and
collaborative approach to timber design and
construction, the studio was developed and hosted by a
team that included a practicing timber engineer, a
practicing architect, a competent joiner and carpenter, a
workshop manager, and a computer programmer. During
the event, the quality and form of the finished artefact
was held to be less important than immersing the
participants in an overall digital design and fabrication
process with wood. Studio participants included
architects and engineers from practice, academics and
students and they were given full design freedom within
a tightly defined brief developed by the studio leaders.
Their task was to design and construct an eight-metertall, predominantly plywood tower inside the UTAS
workshop.
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adjustment, the chosen design was able to be moved
from development into the 1:1 fabrication process.

Figure 2: Tower sketch models

Given the intensity of the studio it was critical that the
project brief and material palette was constrained in
order to achieve a final fabricated object within the time
available. While this may appear limiting, it allows
participants the opportunity to explore the tools and
process, rather than getting bogged down in ultimately
unachievable design.
Developing an understanding of timber’s basic material
characteristics is fundamental to the success of the
contemporary digital designer-maker. Accordingly, the
DFTS provided participants with tactile exposure to a
range of timber and wood products. Lectures covering
timber characteristics were made available on-line to
participants prior to the DFTS while during it, specific
focus was given to discussion of timber characteristics,
particularly connection development and structural
performance. During the three days, an eight-metre high
plywood tower was conceived, modelled, prototyped,
fabricated, erected, and clad.
Within
Rhino3D’s
visual
scripting
interface,
Grasshopper, participants were able to control the overall
design of the tower through the manipulation of four
splines and a series of cross section curves. The digital
environment allowed for the output of tool paths for the
1:10 scale model that would be used to judge and choose
the best (or most attractive) final form of the tower.
Within one day, the eight participants created a series of
design variations as scale models. These are shown in
Figure 2. This modelling enabled a robust discussion
around which solution or characteristics would be the
most suitable for the space in which the final object was
to be installed. The tower form was initially prototyped
at 1:10 with laser-cut cardboard models. The final tower
form was a concatenation of the best attributes of these
development models.
The digital files developed for the model could then be
up-scaled and encoded with the 1:1 material fabrication
variables including sheet size, material thickness, cutter
size, etc. By overlaying this additional information into
the design file a direct feedback loop was created
allowing potential design models to be tested against real
fabrication and buildability issues. With relatively minor

Figure 3: Parametric joint

As the material properties were embedded within the
digital environment, specific control could be established
in regards to component size. Figure 3 demonstrates the
parametric jigsaw joint that resolved the sheet size
limitations for the vertical ribs of the tower structure.
The joint profile adapted dynamically to suit the exact
width of the vertical rib relative to the joint location in
the tower. Similar automated adaptation was integrated
into the digital process with the slot joints, tool paths and
aluminium bracing panels all being generated
automatically for machining.

Figure 4: Construction of tower lying horizontal

The tower was constructed in an afternoon. Twodimensional components were cut to size on the School’s
router and pieced together into a three-dimensional
object on the workshop floor. In addition to the plywood
elements, embossed aluminium bracing panels were cut
and fitted into the composition. See Figure 5.
While this workshop proved to be a great success, there
was a desire from participants for a more in-depth design
process that allowed engagement with ‘regular’ design
criteria, potentially allowing more freedom in the
creative output.
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material, fabrication, design, iteration and assembly
within the one environment and enable a non-linear
process of discovery for the participants.

Figure 6: Greenhouse formal concept

Figure 5: DFTS participants and plywood tower

3.2 AUSTRALIAN TIMBER DESIGN
WORKSHOP
The Australian Timber Design Workshop (ATDW) built
upon the DFTS and offered a significantly larger project,
that had to be designed and fabricated for a live client
over a two-week period. Participants were second and
third year undergraduate architecture students led by a
team that included similar set of cross-disciplinary
practitioners as the DFTS workshop.
The Museum of Old & New Art (MONA) invited UTAS
to participate in their community based 24 Carrot Garden
(24CG) program. 24CG aims to promote healthy living
by providing primary schools in lower socio-economic
area with the expertise and funds over a three-year
period to develop a school kitchen garden and integrate
its care into the school’s teaching across several subject
fields. It also hoped to expose primary school students to
the creative processes in the arts and architecture that
otherwise wouldn’t be available to them. As part of the
program, MONA asked UTAS to design, fabricate and
install a 2.5x6m greenhouse for Windermere Primary
School in Hobart, in Tasmania’s south.

The primary material used in the investigation was
relatively new to Australia, 35mm cross-banded
laminated veneer lumber (LVL) in sheet form
(2400x1200 sheets). Due to its multi-directional load
capacity. This material was able to be used on the CNC
router to create a variety of custom shapes, alleviating
some of the structural capacity constraints that the
directional nature of traditional LVL offers.
Constraining the material suite is an essential part of
managing the complexity of the design solution. This is a
barrier that students are usually ready to accept, even
though they will often refuse direct design intervention.
Constraining the material suite to primarily sheet
material is another stage of complexity management.
Sheet products are arguably the easiest of timber and
wood products to use, especially in a 3-axis CNC
fabrication process.

On a more pragmatic level, as the greenhouse was to be
installed within a very public environment within a
school. As such, the solution for the pavilion had to
comply with the National Construction Code and have
full structural certification.
Primarily, the workshop investigated the information
transfer between material, parametric process and
fabrication output in a small scale pavilion project. Like
many other digital design/build workshops at
international universities, the ATDW was specifically
concerned with new computational processes that link

Figure 7: Unviable portal concept

Other timber products such as solid hardwood planks
pose many greater challenges for parametric modelling
and fabrication, and probably the simplest wood product,
an irregular log, provides the greatest challenge and
requires a high level of both design and computer
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modelling skill. Figure 1 shows the Architecture
Associations’ Wood Chip Barn (2015) project, designed
and build by master’s level student, being robotically
fabricated from solid forked timber trunks.

parametric environment, they could easily be converted
into profiles for fabrication, mainly in the form of
geometry that could be converted into tool path
information for CNC fabrication.

A series of short group design sessions allowed students
to develop basic design principles and intent initially
using manual model making. This initial form-finding
provided a basis for traditional digital 3D modelling
within the Rhino3D software environment. These digital
models could be quickly prototyped using laser cut
cardboard to allowed for rapid and iterative
experimentation. The multiple models that were created
allowed for group discussions to consolidate the design
intent and establish the variable conditions to be
included within the parametric Grasshopper model.
Figure 6 demonstrates the most popular form concept.
This featured the series of angled planar surfaces for the
facade and roof. Figure 7 demonstrates an alternative
portal construction system not further developed.

With these primary parametric conditions for the
structure set, students could freely refine the pavilion’s
form. Working with the sheet based nature of the LVL
and polycarbonate cladding and allowing for the design
inexperience of the student group, the preferred
structural solution for the design was a series of simple
portal frames that varied in shape and element length
along the building.

Once the design intent had been resolved in sketch
model form, the students were required to translate its
physical characteristics into the digital work
environment. This is a critical stage in the development
of a parametric digital model, as the methodology and
parameters that are established within the framework
will either promote or hinder design exploration,
adaptability and final outcome.
The physical models established a series of primary
design criterial for the solution, including:
• The greenhouse’s overall length & width.
• The external walls being vertical.
• The ridge line could be at any angle in relation
to the floor plan (nominally a rectangle).
• The roof skillion pitching points are completely
free from each other, meaning that the roof can
angle along the long façade, resulting a
dramatic series of roof plane intersections.
• Portal frame construction with frames at
nominally 900 mm centres
• Portal frame dimensions were dependent on
their location in the overall building and their
structural requirements at the same point.
These core parameters were integrated into the digital
model through a series of relationships that allowed for
their control through either geometric, data or equation
descriptions. The interplay of these parameters allowed
the digital model to respond and react to design changes
in a manner that would ensure that each iteration met the
design and performance criteria originally set out.
Additional parameters were integrated into the
parametric model that dealt with fabrication issues.
Principally these were in relation to component and
cutter size. This additional layer of information allowed
the model to respond to fabrication restrictions, ensuring
that the resulting design would be able to to be
constructed using the UTAS equipment. As all building
components were defined and modelled within the

Figure 8: Tapered columns and rafters

While the use of portal frames in this type of
configuration is not new (the form has been in use
widely since the 1960s), the use of the form was novel in
the student’s context as they are only beginning to
understand the palette of material options available to
them in both structural form and material expression.
Additionally, engagement with parametric modelling
techniques to design, size and cut the portal component
is an advanced process for majority of building design
practitioner. The students however consider designing
within a digital environment as a required skillset that
needs to be acquired and used, the same as most other
knowledge pools.
As the timber portal frames would be different in shape
at each bay, a second overlay of engineering was built
into the model. Figure 8 demonstrates the tapered
columns and rafters that dynamically adapted the
portal’s shape to accommodate the varying angles and
structural requirements of larger spans. This also allowed
the complete optimisation of material within the digital
model, ensuring that material waste was kept to a
minimum.
A further condition was imposed due to transportation
constraints. The pavilion was completely fabricated and
assembled within the UTAS School of Architecture &
Design’s workshop, disassembled and then transported
to site, some 200 kms away. The parametric model was
enhanced by adding information relating to maximum
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semi-assembled component size to ensure that the
pavilion could be transported in the minimum number of
pieces, while not exceeding road transportation rules.
Figure 9 shows the adaptive structural gussets that
allowed for the easy disassembly and reassembly onsite.

and exposed to significant direct sun and moisture
internally, all materials were required to be sealed and
painted to ensure durability. The polycarbonate clad
northern façade is shown in Figure 10.

Figure 10: Greenhouse installed onsite

All structural and cladding components were able to be
CNC fabricated within a 12 hour period, as due to the
thickness of the portal frame material, multiple passes
were required with the specified cutter and spindle
power.
The internal shelving pieces required an
additional 4 hours.
Students were able to build
tolerances into the digital model, minimizing the amount
of alignment issues onsite. As the shelving units fitted
between the portals, they were used as spacers onsite to
achieve the correct layout of the final structure.
Figure 9: Adaptive gussets for disassembly and transportation

The iterative design modelling process mixed traditional
and non-traditional methods of form and detail
exploration. After the fifth day of the workshop, the final
design was agreed leaving 6 days to fabricate and finish
the components. The dynamic linking of the parametric
model to fabrication information allowed for the digital
tool path information to be produced straight away and
CNC fabrication to begin almost immediately.
The UTAS CNC router offers a 2400x1200x300
working envelope, matched with a 4Kw spindle. Sitting
squarely at the low end of the CNC market, this machine
is similar to the units in many small Tasmanian joinery
shops. This is significant because if the workshop
participants are to agents of technology transfer into
industry, the processes and equipment in which they are
experienced needs to be similar to that of industry. Given
the spindles low power, the components were able to be
machined using a 12mm downcut spiral cutter in two
passes. With a more robust and powerful machine, it is
expected that the same tool paths would be achieved in a
single pass at a faster feed rate, significantly improving
cut times.
Due to the precision of the digital model and the CNC
router, all parts were able to be assembled in a mock up
prior to finishing. As the Greenhouse would be outside

Throughout the construction process minimal drawings
were required. Mainly they consisted of diagrams or
sketches allowing the translation of idea and/or detail
into the digital environment. As the project required
planning and building permits, traditional drawings were
were taken directly from the digital model, in a DIY
BIM fashion, requiring only annotations to be added.

4 CONCLUSIONS
Architecture, structural engineering, and building
construction generally are design-based practices that
require the considered application of materials in
specific arrangements and assemblies during both the
design and fabrication phases. In current design practice,
those active in the design phase conceive and document
the applications while those in the fabrication phase
realise them in the project.
The direct nature of the digital design and fabrication
process combined with the flexibility and workability of
timber and wood products can break down the rigidity of
this process and allow a recombining of designer and
maker disciplines to produce complete building
solutions.
While the outcomes of both projects presented a high
level of digital design and fabrication, it was limited by
the capacity of the students who participated. As the
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ATDW cohort was primarily undergraduate, the level of
design detail consideration, along with technical
software skills, limited the scope of the project
outcomes. Should a similar project be run that included
masters level students the expected outcomes would be
significantly higher in both design intent and fabricated
output.
Experience in the University of Tasmania’s timber
design studios illustrate how a multi-disciplinary team
working within an ‘inclusive’ digital design/make
environment cam encourages this emerging designermaker role and enhance skill and proficiency in timber
design and achievement.
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TEACHING TIMBER TECHNOLOGY TO ARCHITECURE
STUDENTS: REAL BUILDINGS AND DIGITAL TECHNOLOGIES
John Chapman, , Andrew Barrie2 Yusef Patel3
ABSTRACT: There are various reasons why architecture students should be involved in both the design and
construction of small but full-size buildings. The projects described in this paper engage students in the full range
of issues in the realization of a well-resolved design vision, from beginning the client relationship through to the
completion of a small 10sq.m building on site. The projects benefit all involved, providing not just educational
outcomes for the students, but useful facilities for community organizations. The paper describes the Timber
Technology course at the School of Architecture and Planning, University of Auckland, where students design and
construct shelters for schools. The shelters’ timber parts are typically made by digitally controlled machinery.
Different modes of learning are involved, including structural theory, design and construction. The paper
examines how Multiple Intelligence Theory by Dr Howard Gardner of Harvard University explains the various
learning experiences received by the students.
KEYWORDS: Teaching Timber Technologies Architecture Students, Education Theory

1 INTRODUCTION
Until 2012, the School of Architecture and
Planning’s Timber Technology seminar course at
the University of Auckland had focused each
semester on the construction of a student-designed
structure, typically around 10sq.m. This achieved
the key course goals of exposing 4th year students to
ways of building in timber and giving construction
experience. In 2012 the course was reconfigured
such that the group of 20 students assisted with the
construction of a design produced by a 5th year thesis
student. The project was an aesthetically and
technologically innovative design that stretched the
capacity of the School’s CNC technology and
workshops. This course structure was retained, and
in subsequent years further structures have been
built, and the reconfigured course is now firmly
established at the School, with 4th and 5th year
students working together to realize innovative
timber designs.
This paper discusses the many issues raised by the
new course structure - student experience, peer- topeer learning, community engagement, and the
encouragement of technological innovation.
The housing research programmes by the Edfab group,
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which includes both students and academics, is also
introduced. The aim of the Edfab research is to
introduce digital fabrication to the existing analogue
processes to create a balance that can aid the
construction of domestic buildings which are affordable
without compromising quality.
Finally in this paper, the experience of teaching students
construction is examined in relation to the education
theories of Prof Howard Gardner of Harvard University
and those of the famous American architect Frank Lloyd
Wright who ran a school for architecture students.

2 THE TIMBER TECHNOLOGY
COURSE
Since 2003 Senior Lecturer John Chapman has been
running a Timber Technology seminar course in the
first year of the Master of Architecture (Professional)
program at the School of Architecture and Planning
(SoAP) at the University of Auckland. The course
combined small group, seminar-style learning, with
hands-on experience of fabrication in the workshop.
Following an introduction to various timber
technologies, students were asked to prepare designs
for a timber structure, 10 sq.m. in plan area, which
they then presented to the group. Aspects of one or
more of these designs were then quickly developed
and documented by Chapman for construction in the
second part of the course. These teacher-designed
structures – emergency dwellings, a bandstand, and
so on - were then fabricated by students in SoAP’s
extensive workshops and erected in the SoAP
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courtyard at the end of each semester. The funding
for the material used in these projects was provided
by sponsors in the construction industry. These
projects achieved the key course goals - providing
students with exposure to the possibilities of timber
structures, as well as “real world” experience of
construction.

construction portion of the seminar, the students
worked in the workshops under Pau’s direction on
her thesis structure.

2.1 COURSE EXPANSION IN 2012
In 2012, the Timber Technology course underwent
significant expansion due to two factors. One was
that Andrew Barrie, Professor of Design at SoAP,
began to supervise the students who designed the
constructions. The other was that the student
constructions became community-based projects,
shelters for schools in underprivileged areas.
Initially, Andrew Barrie was approached by
Onehunga Primary School (OPS) for help with a
design problem: OPS lacked a clearly defined
pedestrian entrance, resulting in children and parents
walking and waiting on a driveway at the front of the
School at drop-off and pick-up time. OPS’ hope was
that a pro bono project by architecture students
could create a stronger street presence, and also
ensure safety by separating pedestrian traffic from
adjacent vehicles. Barrie approached Melanie Pau, a
high-achieving student who took the OPS project on
as the focus of her final-year MArch(Prof) thesis.
The project would have all the complexities of a real
project – indeed it was a real project. Pau needed to
link abstract architectural intentions to town
planning issues, the client brief, construction
methodologies, durability questions, and budget
constraints. Pau’s designed her entranceway to
exploit a loophole in the New Zealand Building
Code. The project was to be located on ‘designated
land’ and therefore required an application for an
Outline Plan of Works (equivalent to a Resource
Consent) be submitted to Council. However, if the
structure remained under 10m2 in plan, it would be
exempt from the need to apply for Building Consent
[4] [5]. Taking on this size constraint allowed more
freedom in the design of the entranceway and
removed potential difficulties and delays associated
with lengthy consent processes with the nine-monthlong thesis program.
OPS had just enough funding to provide materials
for the structure, but relied on SoAP to provide the
expertise and labor for the design and construction
of the project. In the previous year (2011), Pau had
been a student in the Timber Technology seminar
course, and recognized the potential to integrate her
thesis project with the seminar course in a way that
benefitted both. The course was quickly
restructured, with Chapman providing engineering
know-how for the structure and Pau acting as a defacto tutor for the seminar course. For the

Figure 1: Melanie Pau, Food for Thought, Onehunga
Primary School, 2012
The project presented the students with an exemplar
of concept-to-construction design thinking. Dozens of
sheets of plywood were cut on the CNC machinery,
laminated together by the seminar students in the
workshops to produce 50 elements.
A rigorous series of 1:1 prototypes were built to
refine buildability and ensure ease of assembly. To
help overcome their inexperience, the students are
encouraged to prototype all assemblies and joints
with 1:5 scale models followed by 1:1 physical
mock-ups. The prototyping is an important step
within the design and construction processes
allowing students to become familiar with digital
technology and to try out their ideas. It also
prevents expensive mistakes. It has been noted by
Professor Michael Stacey that architects and
engineers enjoy physical testing, as it can ensure a
reasonable level of confidence before final
construction takes place [1]. While it took a month
to prepare the structure’s plywood members, this
rigorous testing of detailing and fabrication meant
that it took only 12 hours for the group of students to
assemble the structure.
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structures as part of a rejuvenation of its grounds.
Two shelter structures – by Zhengbang Liu and
Patricia Balbas – were completed at Henderson High
in 2014, and a further two in 2015 by Charlotte
Farquharson and Louie Tong. The integration of the
timber technology seminar with thesis projects is now
firmly established at SoAP.

Figure 3: Melanie Pau, ‘Food for Thought’,
Onehunga Primary School, 2012
Pau wrote, “The Entranceway was designed and
constructed to benefit two communities – to educate
and inspire the community of Onehunga Primary,
and to develop the skills of the student volunteers
who built it.” [2] As well as providing OPS with
much needed facilities at minimal cost, the project
provided Timber Technology students with an
engaging and rewarding workshop experience.
Through this course, students learnt to understand
material properties, innovate within limited
budgets, and to communicate and collaborate with
their peers. The new course structure resulted in a
number of innovations for the School: it created a
new model for the construction of student projects
which are of long-term benefit to the community; it
created connections between year levels which aid
the sharing and accumulation of knowledge, with
ideas and experience being developed and passed
down through the student cohort; it provided firsthand experience of full-scale project management.
Perhaps most importantly, it pushed the level of
design and technological engagement to a much
higher level

2.2 ONGOING PROJECTS
Beyond benefitting OPS and the students
constructing the structure, the project has had
longer-term benefits. Pau’s project was very well
received by the OPS, and they subsequently
requested the construction of further structures.
Pau’s Outline Plan of Works application had
included spaces for two further 10m2 structures, and
in 2013 two students – Sam Wood and Yusef Patel –
completed these structures as part of the their own
MArch(Prof) theses, following the model
established by Pau. In 2014 it was concluded that
there was not scope for further structures at OPS.
However, Henderson High School, who had heard
about the OPS projects, stepped forward to request

Figure 3: Sam Wood and Yusef Patel, Shelters,
Onehunga Primary School, 2013
With the exception of one project, the students’ choice
has been assemblages of CNC-cut plywood parts. Like
the inventors of WikiHouse, students view plywood as a
versatile product that performs both structurally and
aesthetically.
The advent of personal computing and other electronic
devices has provided the younger students with a view
of the world that is radically differently to previous
generations. This substantial shift in thinking allows
them to usher in a technological and social change to
challenge the way architecture is practiced [3]. There is
a growing trend for architectural graduates to take part
in digital fabrication [4]. Many tertiary institutions such
as the University of Westminster and London
Metropolitan University provide design-build studios.
Impressive results have allowed them to take part in
Nevada’s Burning Man Festival and the Solar
Decathlon Competition [5].
Theories of structure are taught within the lecture
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environment. At SoAP we have observed that effective
tutorials where the students make small constructions
to test this theory can reinforce learning in a satisfying
way. For example, when students are given a beam and
a set of weights, and then asked to calculate the
theoretical beam deflection. A satisfying ‘circuit’ is
completed in their minds when they load the beam and
the resulting deflection is comparable with the
theoretical deflection. Thus, the students have learnt
the same material in two distinctly different processes
and environments. It appears that student
understanding is enhanced when there is more than one
type of learning involved
The projects developed through the integrated seminarthesis structure have received a number of international
and national awards. Melanie Pau’s project received the
2013 Bentley Systems’ Scott Lofgren Student Design
Awards, an international award for innovative
engineering, and was Highly Commended at the 2012
Cavalier Bremworth Unbuilt Architecture Awards.
Similarly, the pair of shelters by Wood and Patel won
the 2014 Bentley Systems’ Scott Lofgren Student
Design Awards. Pau’s entranceway, as well as Wood
and Patel’s shelters, were awarded Gold Pins in the
Designers Institute of New Zealand’s Best Awards.
Three of the projects, those by Pau, Wood/Patel, and
Liu, have been finalists in the NZ Wood Timber Design
Awards. The projects have also been published in
national design magazines, websites, and newspapers.

Figure 4: Zhengbang Liu, Outdoor Learning Kiosk,
Henderson High School, 2014

Figure 5: Pat Balbas, Recycled Materials Shelter,
Henderson High School, 2014

3 OTHER STUDENT WORK AND THE
EDFAB RESEARCH GROUP
Another design and workshop-based course at the SoAP
is called Material Fabrication. Fourth year architecture
students are asked to individually produce a piece of
furniture, joinery or other approved object. There is an
emphasis on producing items of lightness and efficiency.

Figures 6 & 7: Examples of student produced furniture
in the Materials Fabrication class
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Figure 10: PHD student, Yusf Patel, assembling a floor,
wall or roof element from plywood parts.

Figures 8 & 9: Students fabricating and assembling
parts for their school shelters
Yusef Patel, presently a PhD candidate, was a student
in the 2012 Timber Technology course and in 2013
designed a shelter for Onehunga Primary School.
Currently, he is re-thinking timber house construction,
replacing timber stick framing with assemblages of
plywood parts. He is also part of a larger research
group called Edfab (Environmental Digital
Fabrication) which includes five academics. Other
undergraduate and postgraduate students temporarily
join in to assist with the Edfab projects. To date, the
EdFab group has completed a 12m2 sleep-out to
Passivhaus standards made of close-fitting CNC cut
plywood components that fit together similar to those
of a jig-saw puzzle.

Figure 11: erecting wall elements of sleep-out
Figure 12: preparing sleep-out for external cladding
Early innovator Larry Sass from Massachusetts Institute
of Technology researched how digital technologies and
plywood could be used to solve housing problems
through digital fabrication [6]. In 2008, at the 'Home
Delivery' exhibit at Museum of Modern Art (MoMA) he
presented the Instant House. The project identifies how
plywood is an extremely dynamic material with the
ability to be an effective medium for production of easyto-handle structural and ornamental components. Sass
notes that the only ingredients and tools that are required
are plywood, a CNC router, a rubber mallet, a crowbar
and a computer. There is a major problem for housing
affordability in New Zealand, especially for young
adults. The edFab research will try to discover if it is
possible to design a house construction system that can
be largely built by people who are relatively competent
but not trained builders? Self-build activities will
include framing, installing insulation and linings,
painting and decorating. Areas where professional help
will still be necessary include building permits,
drawings preparation, electrical and plumbing.
3.1 THE EDFAB RESEARCH GROUP
The benefits of a cross disciplinary team is evident in
the Edfab projects. The team is comprised of students
and lecturers from the University of Auckland who have
expertise in different facets within the design/build
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process. Their proficiencies range from spatial design,
passive house design principles, production
methodologies, engineering principles and client-led
development. Improvements occur with each full scale
prototype iteration. Efforts are made to use less
material, improve liveability and optimise
manufacturing and assembly. Prototyping, hand
drawing, diagrams, scaled 3D modelling are the
mediums used to explain, debate and resolve conflict
between the parties.
For the first Edfab project, a large amount of time was
spent in the physical processes of assembling
prototypes. This prompted a rethinking in which a
series of digitally produced components were replace
with ‘off the shelf’ Laminated Veneer Lumber
members. The resulting Edfab 2.0 construction system
was a lot more efficient through the reduction of
construction material and time needed for the
manufacturing and assembling processes. It is ironic
that by slightly increasing analogue and decreasing the
digital, there was an ultimate increase in efficiency in
the overall process. This goes to show the downsides
of lurching to one side of the analogue-digital
spectrum, no matter which side. The optimal position
is one which balances both sets of technologies.
Another benefit of the Edfab 2.0 iteration was
simplification that allowed basic hand-held carpentry
tools and participation by people without fully
developed carpentry skills. The goal of the EdFab
research is to introduce digital fabrication to the
existing analogue processes to create a balance which
can aid the construction of affordable domestic
buildings without compromising quality.

4 COMBINING TEACHING RESARCH
AND ARCHITECTURAL PRACTICE

Beyond integrating the teaching of design with
courses on construction technology, the project has
created a nexus of teaching, research, and
architectural practice – referred to by some as the
‘Holy Grail’ of academic life. Seminar students gain
valuable experience by supporting projects by thesis
students, whose work feeds in to the research and
professional agendas of the academic staff involved.
These projects have, for example, served as structural
research for full-scale commissions such as Andrew
Barrie’s Oxford Terrace Baptist Church project. The
explicit linking of research to construction meets a
much desired but difficult-to-achieve goal for the
University – research projects that create direct
community benefit.

Figure 13: Andrew Barrie Lab, Oxford Terrace
Baptist Church (est. completion 2017)
Of course, the scale and impact of these projects
shouldn’t be overstated. The seminar course is
available to two dozen students from a year group of
one hundred, and to two thesis students from a cohort
of around eighty. The number of structures that can be
undertaken in a year is limited by the capacity of the
SoAP workshops and the supervisory capacity of the
teaching staff. The projects may, however, prove
significant for the staff and students involved, their
smallness providing a freedom to experiment that is
difficult to achieve in any other environment.

5 MULITPLE INTELLIGENCE
THEORIES
5.1 HOWARD GARDNER
This paper examines educational theories that are
concerned with teaching a topic from various viewpoints
to improve student learning. ‘Multiple Intelligence
Theory’ by Prof. Howard Gardner of Harvard University
postulates that there are at least seven identifiable types
of intelligence. These types are relatively distinct from
each other but they rarely operate completely
independently of each other [7]. He considers that
tertiary institutions recognise only one area of
intelligence that he terms ‘unitary intelligence’ and is
the basis of IQ testing. Gardner’s describes his seven
intelligences as Linguistic, Logical-mathematical,
Musical, Bodily-kinesthetic, Spatial, Interpersonal, and
Intrapersonal.
Brief descriptions of Howard Gardner’s intelligence
types are:
Linguistic intelligence involves sensitivity to spoken
and written language, and the capacity to use language
to accomplish certain goals.
Logical-mathematical intelligence consists of the
capacity to analyze problems logically, carry out
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mathematical operations, and investigate issues
scientifically.
Musical intelligence involves skill in the performance,
composition, and appreciation of musical patterns and
rhythms.
Bodily-kinesthetic intelligence entails the potential of
using one's whole body or parts of the body to solve
problems, to coordinate bodily movements. Howard
Gardner sees mental and physical activity as related.
Spatial intelligence involves the potential to recognize
and use the patterns of wide space and more confined
areas.
Interpersonal intelligence is concerned with the
capacity to understand the intentions and motivations
of other people. It allows people to work effectively
with others.
Intrapersonal intelligence entails the capacity to
understand oneself, to appreciate one's feelings, fears
and motivations. In involves the ability to use such
information to regulate our lives.
When the Timber Technology students work together
and successfully accomplish all the project stages,
from receiving the client’s brief to delivering a
completed building, with the exception of ‘musical, all
of the above intelligence types will have been applied.
The table below lists Gardner’s various intelligence
types and how they operate in completing a ‘shelter for
school’ construction project.
Table 1: ‘Multiple Intelligence’ types relating to
students designing and building school shelters
VerbalLinguistic
MathematicalLogical
Musical
Spatial
BodilyKinesthetic
Interpersonal
Intrapersonal

Communicating within
construction groups to achieve
outcomes; helping and teaching
others
Deducing member geometries
and structural member sizing to
ensure sufficient strength and
stiffness
Not Applicable
Shelter location on site and
design; completing construction
drawings
The students as builders; making,
assembling and finishing
Listening and accommodating
others to form a coordinated and
functioning construction group
Thinking ‘off-site’ about
achieving design and
construction

After the completion of the 2015 class, the students
were asked to reflect on their experiences of the course

and to fill out the brief questionnaire below.
Table 2: Student responses to questions re the 2015
Timber Technology Course
QUESTION
Have you experienced working with
wood construction before?
Have you been involved with large, 1to-1 scale construction projects?
Through this course, did you have an
experience working with others?
Do you feel the course helped you in
achieving learning outcomes?
During each construction session, did
you understand what was expected from
you?
Was each construction session well
organised the workload was evenly
distributed amongst all the students
How well prepared were student leaders
were before each session?

Yes
9

No
1

6

4

9

1

10
9

1

8

2

8

2

Ten out of the class of twenty replied and of those,
approximately 80% considered that they had an
experience that contributed to their learning in a well
organised environment.
5.2 FRANK LLOYD WRIGHT AND ‘LEARNING
BY DOING’
Frank Lloyd Wright was possibly the most influential
architect of the 20th century. Mies van der Rohe, another
famous 20th century designer said after meeting
Wright’s work the first time at the 1910 Berlin
exhibition, ‘After this first encounter, we followed the
development of this man with eager hearts. We watched
with astonishment the exuberant unfolding of the gifts of
one of who had been endowed by nature with the most
splendid talents. In his undiminished power he
resembles a giant tree in a wide landscape, which, year
after year, ever attains a more noble crown.’ [8]
Wright and his wife, Olgivanna Lloyd Wright, started a
school for architecture students in 1932. Initially there
was a role of around thirty students that eventually grew
to double that size. He called his group of students the
Taliesin Fellowship. Taliesen is the name of the farming
property in Wisconsin that was established by Wright’s
forebears and where he grew up. The Wrights circulated
a prospectus in 1931outlining their intention to form a
school at Taliesin in Spring Green, Wisconsin with the
concept of "Learn by Doing". The prospectus included a
broad list of student activities including ‘…music,
painting, sculpture, drama…motion, philosophy…Mr
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Wright emphasized the importance of integrating work
and constant contact with nature and growth.
Apprentices [the architecture students] were to live and
work in buildings they had constructed or renovated…’
[9]

Figure 14: Students at Taliesen learning about
masonry by constructing a pier, 1933 [13]
Wright only briefly attended tertiary education which
was at the University of Wisconsin. He soon left for
Chicago where he learnt the profession of architecture.
It is perhaps the above experiences which explain why
Frank Lloyd Wright strongly supported the traditional
training of architects in the apprentice system. In his
own practice, he was welcoming of both men and
women apprentices.
The pupils’ activities at Taliesin were in three parts.
These were students learning
-

Architecture design and detailing
All aspects of building construction
Building maintenance and farming

It is easy to see that the students’ involvement with
building construction and maintenance would inform
their architecture design and detailing. The reason for
farming is less obvious but it was for growing the food
for the occupants of Taliesen. However, Wright may
have considered this activity as being helpful to the
students, perhaps in respecting nature.
It is interesting to note that many of the above student
disciplines taught by Wright encourage the
development of virtually all of Gardner’s types of
intelligence. In this way the Wrights and Gardner are
in agreement. The Wrights considered an all-round
education was helpful to the architecture students
within their care - development in all areas makes for a
better whole.

6 CONCLUSIONS
There are various reasons why architecture students
should be involved in both the design and construction
of small sized but full-size community based projects.
The projects engage students in the full range of issues
in the realization of a well-resolved design vision,
including: client relationship, site considerations, design
brief, design development, budgeting, construction
detail development, material selection, design
documents, using tools, automated machine operation,
construction, finishes, foundations, transporting and site
placement. The projects benefit all involved, providing
not just educational outcomes for the students, but
useful facilities for community organizations.
At the School of Architecture and Planning, University
of Auckland, the students in the Timber Technology
course ‘learn by doing’ when they design and construct
shelters for school children. The shelters protect the
pupils from sun and rain. The architecture students,
when working directly with building materials learn the
capabilities and limitations of the materials. In their
professional lives, architects write specifications and
frequently supervise construction works. By carrying
out small but real design-construction projects, students
gain a deeper appreciation of the activities of the
workers in the building industry. Community projects
also help students understand the role of the architect
and how he/she helps society and the built environment.
Howard Gardner’s ‘Multiple Intelligence Theory’
explains why teaching a topic from a variety of
viewpoints leads to increased student understanding and
satisfaction. ‘Multiple Intelligence Theory’ postulates
that there are at least seven identifiable types of
intelligence which are relatively separate to each other
but they rarely operate completely independently of
each other A very famous architect, Frank Lloyd Wright
ran a successful school of architecture based on the
principles of ‘learning by doing’. At this school the
students were involved almost equally in both
architecture design and building construction. Wright
was assisted by his wife, Olgivanna Lloyd Wright, and
they considered an all-round education was helpful to
the architecture students within their care - development
in all areas makes for a better whole.
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ABSTRACT: Aalto Wood is a focal point for research, education and knowledge in wood construction at Aalto
University. Aalto Wood combines wood architecture with structural engineering and wood science to provide a holistic
approach to the development of building with wood. At its heart are the faculty members and research staff from the Aalto
University School of Arts, Design and Architecture (ARTS), Chemical Technology (CHEM), and Engineering (ENG).
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1 INTRODUCTION 123
Aalto Wood is a focal point for research, education and
knowledge in wood construction at Aalto University.
Aalto Wood combines wood architecture with structural
engineering and wood science to provide a holistic
approach to the development of building with wood. At
its heart are the faculty members and research staff from
the Aalto University School of Arts, Design and
Architecture (ARTS), Chemical Technology (CHEM),
and Engineering (ENG). See Figure 1.
Aalto Wood and its predecessor PRA Network (Puu,
Rakentaminen ja Arkkitehtuuri = wood, construction and
architecture) have for over 20 years consolidated
knowledge and enhanced cooperation between the
departments of Architecture, Civil and Structural
Engineering, and Forest Products Technology. Work
started as teaching collaboration and has since expanded
to research and dissemination activities. First common
courses brought teachers from different departments
together to teach wood construction related topics in
English and soon after, student collaboration in various
design and build projects started. A central part of Aalto
Wood is the international Wood Programme, which has
realized numerous innovative wood architecture
demonstrations. The interdisciplinary discussion on wood
and timber construction has recently been activated also
at doctoral research level.
Aalto Wood crosses school and department borders to
support a deeper understanding of building with wood and
collaborative work between the sciences. This paper
presents the activities, discusses the experiences and
scenarios for future development.

1

Yrsa Cronhjort, Aalto University School of Arts, Design and
Architecture, Department of Architecture, PB 16500, 00076
Aalto, Finland, yrsa.cronhjort@aalto.fi

Figure 1: Aalto Wood is a focal point for research, education
and knowledge in wood construction at Aalto University. At its
heart are the faculty members and research staff from the Aalto
University School of Arts, Design and Architecture, Chemical
Technology and Engineering. Aalto Wood combines wood
architecture with structural engineering and wood science.
Logo design by Philip Tidwell, Aalto University.

2

Katja Vahtikari, Aalto University, Finland,
katja.vahtikari@aalto.fi
3 Atsushi Takano, Kagoshima University, Japan,
takano@aae.kagoshima-u.ac.jp
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2 AALTO WOOD
Aalto Wood actions range from interdisciplinary courses
for undergraduate students to transnational cooperation in
for example COST -programs, research, development and
innovation -projects (RDI) and public seminars
disseminating research results to industry and other
stakeholders. Aalto Wood activities are listed in Table 1
and presented in the following chapters.
Table 1: Activities offered by Aalto Wood.
Activity
Lecture series open to students of other
Aalto schools and departments
Open design courses

Level
master,
post-graduate
master

Possibility for multi-scientific doctoral
dissertation with instructors from several
Aalto schools

post-graduate

Presentation at the common and yearly
Aalto Wood seminar

post-graduate,
researchers,
professors

Participation in the Aalto Wood seminar
Participation in international events for
doctoral candidates
Participation in national and international
research, development and innovationprojects
Multi-scientific publications

all levels
post-graduate,
professors
master
(master theses),
post-graduate,
professors
all levels

2.1 TEACHING AND STUDENT PROJECTS
The first teaching pilot project, 20 years ago, took students
of architecture and wood technology to build a small
cottage (aitta) in Karelia (Vienan Karjala).
Over time the scale has grown and to enhance student
collaboration a special module of 20 ECTS was created.
It allowed and encouraged students from engineering
curricula to include wood architecture and construction in
their degree. The special module offered courses from all
three participating departments.
A current example of collaboration in teaching is the
undergraduate course Integrated Interior Wooden
Surfaces offered by Aalto CHEM, and with students,
lecturers and tutors from the Departments of Forest
Products Technology and Architecture. Course work
comprises of a literature review, lab tests and a design
task. Work is undertaken in interdisciplinary groups,
including at least one student representing each discipline.
The outcome includes a short study report and a tangible
demonstration piece. The course task is built around a
theme like, in 2016, surfaces and other applications for
bathroom spaces. Students decide themselves how they
wish to approach the topic and receive support in, for
example, choosing test methods responding to the
selected challenge. Figures 2 and 3 illustrate two works
from 2015, designed to increase moisture buffering
capacity and acoustic performance of a small office space.
Figures 4 and 5 show two recent designs for bathrooms.

Figures 2 and 3: The top image shows a wall panel adding
moisture buffering capacity to a small office space. Design by
Ala Brazi and James Stanier. The bottom image presents a wall
panel designed to improve the sound properties of speech. The
panel reflects, diffuses and absorbs sound. Design by Aline
Timpte, Elisabeth Kofler and Simen Bie Malde. The works are
results of the master level course Integrated Interior Wooden
Surfaces. Images by Anne Kinnunen, Aalto University.

Figure 4: A wall panel for wet spaces made of heat-treated,
split spruce shingles designed by students Ignacio Traver,
Mikko Hakola, Sini Koskinen, Yllka Kuçuku and Yuko Konse.
Executed research included a shower-cycle test, contact angle
measurements, the testing of different temperatures for heat
treatment and the dimensioning of single shingles. The end
product is a combination of wood engineering and design.
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Figure 5: A model of the CUBE Sauna bench project designed
by Toni Lahti, Christoffer Morris, Tomoyo Nakamura and
Taeho Noh at the Integrated Interior Wooden Surfaces course
in spring 2016. The aim was for a tactile and ergonomic bench
for public saunas, and possible to mass-produce. Final choice
of wood species is aspen which is left untreated.

Another example of interdisciplinary teaching activities is
course Industrial Wood Construction offered by Aalto
CHEM with students, lecturers and tutors from the
Departments of Forest Products Technology,
Architecture, and Civil and Structural Engineering. A
group design task forms the main part of the course.
Students redesign a reference building using four different
timber-based construction systems; post-and-beam,
insulated structural panel, Cross Laminated Timber and
volume unit system. Material use, architectural and
structural perspectives should all be taken into
consideration. Figures 6 and 7 illustrate the multidisciplinary teams in action.
The largest common and multidisciplinary project so far
is the Luukku-house, the first Finnish Near to Zero Energy
Building (NZEB) designed and built by students of Aalto
University as a collaborative effort of seven departments
and close to 100 people. It was a pilot and competition
entry for the Solar Decathlon Europe 2010. The project
started in 2008 as a design competition for architecture
students of the yearly Wood Programme. The entry by
Ulla Prami was selected for further development by an
increasing amount of expertise including students of
energy efficiency and systems; forest products
technology; heating, venting and air conditioning;
lighting technology and structural engineering. Building
materials were donated by numerous industry partners
and the house was built by the students themselves.
Furniture and interior design was commenced by students
of Aalto ARTS. Work continued over a period of two
years and was completed in spring 2010 upon which the
building was transported to Madrid, Spain. The project
was elected the winner of category Architecture and
ended on a 5th place in the overall competition. In 2011 it
was exhibited at the vacation housing fair in Mäntyharju,
Finland. The building additionally received several
national prizes including the Finnish Wood Award in
2010. Figure 8 shows the Luukku-house as exhibited in
Madrid and Figure 9 the wooden interiors.

Figures 6 and 7: Participants of the course Industrial Wood
Construction tackle their group task. Multidisciplinary team
work is an integral part of the Aalto Wood teaching activities.
Images by Matti Kuittinen, Aalto University.

Figures 8 and 9: The Luukku-house in Madrid, Spain, during
the Solar Decathlon Europe 2010 competition. It is the first
Finnish Near to Zero Energy Building, and was developed as
an interdisciplinary project at Aalto University. Architectural
design by Ulla Prami, the Aalto University Wood Programme.
Images by Montserrat Zamorano Gañan.
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2.1.1 Educational Programmes
Teaching undergoes constant changes and identified
development ideas include common multi-disciplinary
lecture sessions. Challenges for the well-established
collaboration are posed by the discontinuity of wood
related professorships and teaching at the university.
The current chair in Wood Architecture was established
in 2014, as a continuation of the professorship in Wood
Construction from 2008. The first lecture series on wood
at the department was launched in 1995. Education is
mainly offered by the Wood Programme, an international
one year design-and-build curriculum focusing on wood
and wood architecture, and including studies in wood
science. It gives transferable master level credits up to 60
ECTS per year. Participants are elected based on a
separate application. [1] Among others, the Wood
Programme offers a yearly lecture series on building with
wood open to all master students at Aalto. It includes
invited guest speakers and presentations on current Aalto
Wood research disseminating newest results and project
work. For international students, the Wood Programme
can work as an entrance to studies on wood and timber
construction in Finland. Every year some students
continue to the master program in Aalto University, in
many cases either in the Department of Architecture or
Forest Products Technology. One example is Atsushi
Takano, who completed the Wood Programme as an
architectural student, and obtained a doctoral degree in the
Department of Forest Products Technology covering both
material and building aspects in wood [2].
The Department of Civil Engineering has offered basic
courses of wood construction for decades, and in January
2016 the first Assistant Professor of Wood Construction
started his term. Research focus of professor Gerhard Fink
is on innovation in engineered wood products aiming to
improve reliability and efficiency. [3]
The only unit at Aalto University directly focused on
wood is the Department of Forest Products Technology.
Until 2009 it had a Master’s Programme of Forest
Products Technology, which had two majors focusing on
wood; wood material technology and the development of
wooden constructions. It was followed by the Master’s
Programme of Bioproduct Technology (2009-2011) in
which wood material and technology were merged with
paper technology. Wood material teaching and research
was remodeled again in 2012 due to the national MScdegree renewal. All BSc and MSc -programmes are now
taught as a collaboration of two or more departments.
Wood material and technology topics belong to the major
of fiber and polymer engineering.
Master students are also invited to participate in RDIprojects by working on, for example, a master thesis.
Thesis work has been offered to students of Architecture,
Civil Engineering and Forest Products Technology. The
most recent work is An investigation into the surface
temperature changes in solid wood during sorption by
Katja Kortelainen [4] and part of project Competitive
wood-based interior materials and systems for modern
wood construction, Wood2New [5].

2.2 POST GRADUATE STUDENT ACTIONS
Recently the support for doctoral studies has been
enhanced. Earlier national graduate schools of Modern
Wooden Town (2003-2009) and Built Environment RYMTO (2009-2015) offered doctoral candidates possibilities
to present their research and meet colleagues from other
universities, but today there is no such national arena for
wood construction research.
To maintain the interdisciplinary discussion, the Aalto
Wood community introduced a doctoral student workshop
in 2015. The theme for the event was wood material and
construction, energy and resource efficiency. It was
organized as part of activities in the interdisciplinary
project Energy-efficient living spaces through the use of
wooden interior elements, WoodLife, funded by the Aalto
Energy Efficiency Research Programme (AEF) [6]. Aims
of the meeting included (1) to network and exchange
knowledge, (2) to discuss opportunities to take research
findings into education, and (3) to identify new openings.
The workshop attracted participants from the
Departments of Architecture, Forest Products
Technology, and Civil and Structural Engineering. It was
additionally attended by international guests. Doctoral
students of architecture and forest products technology
presented their research topics including a wide spread
from fracture in wood to the feasibility of building
retrofits and carbon efficiency in humanitarian
construction. The discussion identified gaps in current
research that could be addressed in the future. Outcomes
of interdisciplinary dissertation work within Aalto Wood
is presented at the WCTE 2016, for example, in Minisymposiums MS3-01 and MS5-07.
The workshop was followed by a Meet-and-Greet Event
in autumn 2015 providing a forum to discuss with
European researchers of the WoodWisdom-Net funded
project Wood2New. The event aimed at (1) enhancing
networking and the exchange of knowledge, (2)
disseminating project results and (3) kick-off design work
in the autumn Wood Studio at Aalto ARTS. The
workshop attracted 35 participants including international
guests, professors, researchers, students and doctoral
candidates from the departments of Architecture, Design,
Real Estate, Planning and Geoinformatics, and Forest
Products Technology. The programme included a poster
session with presentations, a lecture on Finnish Wooden
Architecture and the Wood Programme, a guided tour to
the workshops of the Aalto ARTS Department of
Architecture and the three test-buildings at the Aalto
CHEM Department of Forest Products Technology.
Figure 10 shows the poster session of the Aalto Wood
Meet-and-Greet Event. In 2016, the aim is to scale up the
activities and gather doctoral candidates not only from
Aalto, but including also other Finnish universities. The
next workshop is held in May 2016, including external
participants and as a pre-event of the Forum Wood
Building Nordic 2016 conference [7].
International collaboration serving post-graduate students
started in 2005 with an international seminar organized in
München, Germany. Originally it was a spin-off of the
Modern Wooden Town Graduate School. However, since
then it has been hosted every second year, and in turn by
participating organizations. The sixth event in 2015 was
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again arranged by Technische Universität München
TUM. It gathered 40 doctoral students and eight
professors from TU Münich (Germany), Aalto University
(Finland), ETH Zürich (Switzerland), TU Vienna
(Austria), University of British Columbia (Canada), and
Tongji University (China). The programme included
presentations by the students but also an excursion with
visits to manufacturing facilities of timber-based
elements.

veneer drying [11], The effect of wood processing on
veneer surface and bond properties [12], and Selfbonding of wood [13]. Another current topic is Life-Cycle
Analysis and the carbon footprint of wood-based
products. One example is the recent doctoral dissertation
Wood in sustainable construction – a material
perspective: Learning from vernacular architecture by
Takano. [2] Several studies explore the properties of
wood material including, for example, the Effects of Wood
Anatomy on Moisture Buffering Properties [14] and heat
of sorption [4], illustrated in Figure 12.
In wood architecture and construction, current topics
include Wood facade improving factors [15], Carbon
efficiency in humanitarian construction [16], 3D-printing
[17], and Opportunities for building retrofits with timber
based elements in the Finnish context [18].

Figure 10: Aalto Wood activities in 2015 included a Meet-andGreet Event aimed at master level and post-graduate students
at Aalto University. The meeting attracted 35 participants. The
image shows Anders Nyrud, Norsk Treteknisk Institutt,
Norway, presenting results of research project Wood2New to a
group of students at the poster session of the event.
Image by Tomi Tulamo, Aalto University.

2.3 INTERDISCIPLINARY RESEARCH
A common front on the international arena of research and
development is established. Projects include Timberbased element systems for improving the energy efficiency
of the building envelope, TES Energy Facade
(WoodWisdom-Net 2008-2010) [8], Innovation in timber
construction for the modernization of the building
envelope, smartTES and Wood in carbon efficient
construction, €CO2 [9] (WoodWisdom-Net 2010-2013),
and most recently Competitive wood-based interior
materials and systems for modern wood construction,
Wood2New (WoodWisdom-Net 2014-2017) [10]. Work
in such is undertaken by professors, researchers, master
and post-graduate students from the three departments of
Architecture, Civil and Structural Engineering and Forest
Products Technology.
The RDI-projects base on close collaboration with
industry and focus on practice based research aiming for
industrial applications. For example, project TES
EnergyFacade was awarded the WoodWisdom-Net Best
Project “Prize for being the project with best industrial
involvement and relevance” in 2011. Figure 11 illustrates
the suggested and demonstrated TES EnergyFacade
manufacturing and retrofit process.
2.3.1 Post-graduate research
Current doctoral studies within Aalto Wood link to
industrial needs, international RDI-projects or own
interest funded through grants.
In wood science, research themes typically address
manufacturing process related aspects such as Developing

Figure 11: The TES EnergyFacade manufacturing and retrofit
process. Image by project coordinator Frank Lattke,
Technische Universität München TUM.

Figure 12: The heat of sorption on wood surface illustrated by
a thermographic image. The effect varies depending on wood
species and the cut. Image by Katja Kortelainen, Aalto
University.
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2.3.2 Research exchange
The Finland Distinguished Professor Programme,
FiDiPro [19] offered a further opportunity to strengthen
collaboration between the two universities of Aalto and
TUM, by funding a three-year FiDiPro professorship for
Stefan Winter. The project entitled “Innovative Timber
Structures Technology – energy efficient and sustainable
use of wood in building construction and the building
stock – from materials to construction” was active from
2009 to 2012, and linked directly to concurrent RDIprojects. It included a research visit by the professor but
also a research assistant.
Above all, the project helped to deepen the understanding
for differences in climate, building regulations and
traditions, thus also supporting future common research
and development work. The functionality of timber-based
structures on various climates was of special interest,
studied empirically by building three test houses using
different construction methods. The buildings are
equipped with a mechanical air ventilation system and a
rigorous monitoring scheme. The test houses benefit
research on, for example, life cycle analysis and support
on-going work at the two universities of Aalto and TUM.
Figures 13 to 15 illustrate “the three boxes”.

Figure 14: The test buildings were finalized in 2012 as part of
project “Innovative Timber Structures Technology – energy
efficient and sustainable use of wood in building construction
and the building stock – from materials to construction”.
Image by Anne Kinnunen, Aalto University.

Figure 15: The running tests include an extensive monitoring
scheme following, for example, the moisture content of floor,
wall and ceiling structures. The data supports, among others,
research in the current project Energy-efficient living spaces
through the use of wooden interior elements, WoodLife. Image
by Anne Kinnunen, Aalto University.

Figure 13: Aalto Wood facilitates three test buildings located
at the Otaniemi campus in Espoo, Finland. The three buildings
are constructed using different structural solutions including
solid wood. They are equipped with mechanical air ventilation
systems. Image by Anne Kinnunen, Aalto University.

2.3.3 Other activities
Currently, the international activities are backed up by
interdisciplinary work in projects WoodLife (also see
section 2.2) and Energy-efficient Townhouse, funded by
the AEF Programme at Aalto University supporting
potentially ground-breaking and long-term research
aiming to improve energy efficiency. [6] Another aim is
to ease interdisciplinary research and teaching
collaboration within the university. For the Aalto Wood
community the platform has offered an opportunity to
widen the cooperation including other than wood related
sciences, like energy technology and environmental
psychology. The broader scope has added new viewpoints
with, for example, doctoral studies in human perception
of the tactile properties of wood.
A new opening is Forum Wood Building Nordic 16 [7],
the first interdisciplinary and international conference
hosted by Aalto Wood. It is organized as a collaborative
effort between the three departments. The programme
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includes visiting guest speakers from around the world in
addition to presentations on recent research findings. It is
part of the international Forum holzbau conference series.
[20] Organized together with the Federation of the
Finnish Woodworking Industries, the Finnish Timber
Council and the City of Espoo, it is an example of the
Aalto Wood collaboration with industries and society.
Yet another result of the Aalto Wood collaboration is the
further education programme PRA Pro [21] at Aalto
University, focusing on certificates for structural
engineers in timber building design.
2.4 INDUSTRY COLLABORATION
Aalto Wood acts in close collaboration with the forest
products industry. Partnering with industry is usually
facilitated by common or commissioned RDI-projects,
but also through master thesis work and, for example, in
roadmap work for future actions.
A yearly get-together is offered by the Aalto Wood seminar, most recently the Aalto Wood Winter Seminar
2016 Building Material Futures II. The event attracted 89
registered participants including international guests,
professors, researchers, master students, doctoral
candidates, representatives of industry and other
stakeholders. The programme included presentations by
Aalto Wood researchers and invited guests from VTT
Technical Research Centre of Finland Ltd and Norsk
Treteknisk Institutt.
One challenge for the collaboration with industry is the
difference in time frames; research tends to require longterm work to reach desired results, whereas industry aims
for fast-paced innovation followed by implementation.
One efficient collaboration means is demonstrations
resulting in real-life pilots usable for further research but
also industrial promotion. Figure 16 illustrates such a
project; the Lantti-house designed for the Housing Fair
2012 in Tampere, Finland. The project was initiated by
The Finnish Innovation Fund SITRA and The Housing
Finance and Development Centre of Finland ARA and
constructed in collaboration with TA-Yhtymä and the
Lapponia Group. [22]

3 DISCUSSION
Aalto Wood has offered a platform for interdisciplinary
collaboration for more than two decades on all levels from
educational activities for graduate students to
international, and ambitious RDI-projects. As such, it is
an example of the Aalto University mission “Shaping the
future: science and art together with technology and
business”. [23]
Currently the Aalto University is going through a
transition, aiming for research excellence and increased
international recognition. Aalto Wood follows this path,
and has already brought forth several doctors, currently
working as a professor or researcher in some part of the
world. Consecutive projects have also allowed for
increased competence resulting in, for example the
continued and extended collaboration in spearhead
projects funded by the Aalto Energy Efficiency Research
Programme. This type of achievements have furthered the
Aalto Wood recognition in the international arena, and
lead to new activities.
A next target would be expanded international
collaboration. The attention on wood and timber
construction is continuously increasing all over the world.
In such a context, the knowledge and ideas nurtured by
Aalto Wood supports the development of wood in
education, research as well as in practice.
However, the discontinuity of master student courses,
educational programmes, professorships and research
groups at the university is a challenge. The success of
Aalto Wood is the result of long-term commitment for
mostly on personal level. A continued success and further
development requires long-term commitment also on
institutional level and a reshaping of the activities.
Industrial collaboration could also be enhanced. Globally,
there are several examples of programmes facilitating
doctoral studies initiated by industry. Such actions are still
rare in the Finnish context and the field of wood science
and construction specifically. A recent opening is the
PoDoCo Post Docs in Companies grant scheme, available
for recently graduated doctors of all sciences. The
programme includes a grant funded research period of up
to 12 months at a collaboration company, aiming for an
additional targeted research period of similar length
deepening company specific results. However, the
extension is voluntary for both the researcher and the
company involved. [24]

4 CONCLUSIONS

Figure 16: The Lantti-house at the Housing Fair 2012 in
Tampere, Finland. It is a Near to Zero Energy Building
realized in close cooperation with industry and associations.
Image by Kimmo Torkkeli.

Aalto Wood, with the mission to further and develop
education and research in wood architecture, wood
construction and wood science at the Aalto University, is
an example of long-term, interdisciplinary collaboration
based on individual volunteering. It offers opportunities
for students and researchers on all levels to specialize in
building with wood.
A common commitment has led to impressive results
including international awards and success, growing
competence and consecutive projects. However, with a
changing working environment the importance of
institutional support has increased. The discontinuity of
activities is a challenge that must be overcome.
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Industrial collaboration has been extensive. Challenges
occur due to differences in schedules and aims. Future
work should target a closer cooperation based on mutual
understanding and new platforms, including the level of
doctoral studies.
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WOOD ON THE RISE: INNOVATIVE TIMBER CONSTRUCTION
SYSTEMS AS A PEDAGOGICAL FRAMEWORK FOR TEACHING
SUSTAINABLE DESIGN
Ulrich Dangel1

ABSTRACT: In the light of climate change, architects in particular are increasingly called upon to balance the form
and functionality of buildings with reduced environmental impact. This paper explores the use of innovative timber
construction methods as a conceptual framework for teaching design studio courses to graduate and undergraduate
architecture students.
Students were tasked to employ the principles and rules of structural timber systems for the development of sustainable
building concepts. Material selection, manufacturing technology, transportation, assembly, and deconstruction at the
end of life had to be considered from the onset of the design process. By increasing the competence for mass timber
construction in an educational setting, this systematic design methodology has the potential to expand the use of wood
for building at multiple scales, thus contributing to a reduction of carbon emissions from the built environment.
KEYWORDS: Structural Timber, Green Building, Carbon Sequestration, Embodied Energy, Design Teaching

1 INTRODUCTION 123
Despite the progress made in the realm of sustainable
construction, the building industry still accounts for 41%
of primary energy consumption in the United States [1].
Compared to building products made from nonrenewable materials, wood products contain relatively
little embodied energy, which is the energy expended
over a product’s entire life cycle, including manufacture,
transport, use, and final disposal. The energy required to
manufacture finished wood products is generally less
than half of the amount that is stored in them [2]. This
process is far less dependent on fossil fuels than the
manufacturing of many other building products,
especially since the forest industry generates much of its
own energy through the combustion of mill residues
including sawdust and tree bark, as well as by-products
of pulping from papermaking.

such as aluminum, steel, concrete, and brick with wood
in long-term applications can therefore result in
substantial carbon benefits that accumulate over time [4].
Several life cycle assessment studies completed in recent
years demonstrate that buildings made of wood require
the least energy when compared to those constructed
from other conventional building materials [5]. Since a
large quantity of the total material used in a building is
attributed to its structural system, using wood for the
primary structure can significantly reduce energy
consumption, in particular fossil fuel energy
consumption and any associated emissions of fossil
carbon [6].

The low energy consumption for production and the
limited use of fossil fuel-derived energy means that
wood products typically cause much lower carbon
dioxide emissions than functionally comparable products
[3]. Substituting energy- and carbon-intensive materials
1
Ulrich Dangel, The University of Texas at Austin,
dangel@utexas.edu

Figure 1: TIMBER IN THE CITY: Urban Habitat Competition
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Concerns for the global climate are growing worldwide,
and the environmental benefits of making buildings that
minimize energy consumption during their operation
with corresponding low operating costs have already
been recognized by the general public. As higherperformance, more energy-efficient buildings have been
developed, the need to reduce their embodied energy
becomes more apparent, since it makes up a considerable
portion of the building’s total life cycle energy use [7].
Substituting building materials that consume large
amounts of fossil fuel-derived energy with wood can be
a viable strategy for climate change mitigation and
successful green economic development. While steel,
concrete, and masonry construction are firmly embedded
in the architectural curriculum in the United States, solid
timber construction, as a relatively new typology, is not
yet fully embraced. In the move toward a low-carbon
society, it seems imperative to provide an in-depth
introduction to structural mass timber systems as part of
a comprehensive design education for architects.

2 KNOWLEDGE BUILDING
2.1 STUDENT COMPETITION
An advanced design studio at The University of Texas at
Austin was used as a vehicle to explore the potential of
timber structures in the design of more sustainable
buildings. The US-based 2015-2016 TIMBER IN THE
CITY: Urban Habitat Competition offered by The
Association of Collegiate Schools of Architecture
(ACSA) in collaboration with the Binational Softwood
Lumber Council (BSLC) and the School of Constructed
Environments (SCE) at Parsons School of Design served
as the premise for the course and provided program and
site (Figure 1). The competition brief challenged
participants to design a mid-rise, mixed-use development
in Manhattan’s lower east side, which comprised of
affordable housing units, a museum, and a new venue for
an existing street market. Rather than concentrating on
formal concepts, the students were tasked to develop
strategies that focused on alternatives to the conventional
building materials and processes typically found in
multi-story construction. The variety of programmatic
elements required design solutions to address a range of
structural spans and different wood technologies.

Figure 2: Analytical Drawing: Platform Frame Construction
(Emily Knapp)

2.2 BUILDING SYSTEMS RESEARCH
The course commenced with an intensive research phase
dedicated to knowledge building, which involved the
comprehensive analysis of the most common timber
construction systems including log construction, timber
frame construction, light frame construction, panel
construction, frame construction, and solid timber
construction techniques. Students researched notable
examples, generated analytical drawings, and
documented their findings in a studio manual, which
would serve as a reference for the class throughout the
semester (Figure 2, Figure 3).

Figure 3: Analytical Drawing: Solid Timber Construction
(Alena Savera)
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2.3 CASE STUDY ANALYSIS
Research continued with the analysis of selected notable
timber buildings from around the world, allowing
students to gain insight into the diversity of design
strategies, construction details, and unique cultural
attitudes in contemporary wood design. Within this
context, the focus was to understand the use of structural
timber systems as primary drivers for functional space
making, sustainable building, and architectural
expression. Students built structural models of the case
studies at the scale of 1/4” = 1’-0” (1:48) that
successfully demonstrated spatial and tectonic
relationships while simultaneously highlighting issues of
assembly and erection (Figure 4, Figure 5, Figure 6).

The following projects were documented:
-

Tall Wood – mgb Architecture + Design,
Equilibrium Consulting, LMDG Ltd, BTY
Group
Tamedia Headquarters, Zurich – Architecture:
Shigeru Ban Architects Europe, Engineering:
Creation Holz GmbH
Timber Tower Research Project – Skidmore,
Owings & Merrill, LLP
Treet Tower, Bergen – Architecture: Artec,
Engineering: Sweco
Vennesla Library and Cultural Center –
Architecture: Helen & Hard, Engineering:
Ramboll
Wood Innovation and Design Centre, Prince
George BC – Architecture: Michael Green
Architecture, Engineering: Equilibrium
Consulting

Figure 4: Structural Model: Timber Tower Research Project –
SOM (Jolene Byford, Ashley Harris)

Figure 6: Structural Model: Tamedia Headquarters – Shigeru
Ban Architects Europe, Creation Holz GmbH (Claire Miller,
Layla Salameh)

2.4 LECTURES
In-class lectures by the instructor supplemented the
students’ research findings and provided in-depth
knowledge of historical context, architectural and
structural detailing, fire and moisture protection,
acoustics, prefabrication, building codes, and life cycle
assessment. These presentations were complemented by
talks from invited experts in the fields of forestry,
engineering, and architecture.
2.5 FIELD TRIP

Figure 5: Structural Model: Tall Wood - mgb Architecture +
Design, Equilibrium Consulting, LMDG Ltd, BTY Group
(Austin Ablon, Dianer Ding, Emily Knapp)

A field trip to Vancouver, British Columbia occurred at a
key stage in the design process. As one of the most
influential cities driving the development of multi-story
timber construction in North America, its extended
metropolitan area contains the highest density of mass
timber buildings on the continent. The group visited
recently completed buildings, as well as projects
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currently under construction. Tours of architecture
offices, structural engineering firms, and fabrication
shops exposed the students to the design and
construction of several of the latest and most innovative
projects in the United States and Canada. Knowledge
gained through first-hand conversations with building
professionals proved to be an invaluable experience, and
it allowed students to get many questions related to the
design and detailing of their projects answered. (Figure
7, Figure 8).

3 APPLICATION OF KNOWLEDGE
As previously mentioned, the design of an innovative
mid-rise, mixed-use development on an empty site in
Manhattan’s lower east side (Figure 9) formed the core
of the students’ coursework. The program consisted of
approximately 300,000sf of programmed space, which
included 200,000sf of affordable housing units, 60,000sf
of museum space, and 40,000sf of street market space.
Working individually or in teams of two, the projectbased learning approach allowed students to immediately
synthesize their newly acquired knowledge by testing the
concepts and principles obtained through research,
lectures, site visits, and discussions. By translating their
findings into feasible design solutions, theories and
methodologies were investigated through problem
solving for a real setting. The integrated design process
was broken down into manageable exercises, which
addressed site, program and building code analysis;
schematic design for architectural and structural
strategies; design development; building envelope
assembly; and visual communication.

Figure 7: Visit to Michael Green Architecture, Vancouver, BC

Figure 9: Building Site in Lower Manhattan at the Intersection
of Delancey Street and Essex Street

3.1 SITE, PROGRAM, AND BUILDING CODE
ANALYSIS

Figure 8: Building Tour: Forest Sciences Centre, University of
British Columbia, Vancouver, BC

A comprehensive site analysis, programming, and code
analysis exercise allowed students to become familiar
with the project’s historical, social, economic, and
physical context. Raw information and material was
collected, edited, and processed in order to provide a
broader understanding of the circumstances for their own
designs.
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3.2 SCHEMATIC DESIGN AND DESIGN
DEVELOPMENT
Taking into account the research and analysis undertaken
so far, students carefully reviewed the competition brief
in order to begin the development of design strategies.
This involved synthesizing programmatic, site, and coderelated needs with their own architectural ideas. Design
solutions had to address the creative use of mass timber
as the primary structural material and respond to the
surrounding context and human activity needs while
providing a coherent structural and architectural
vocabulary. Schemes were explored iteratively through
analog and digital drawing, as well as physical model
making. Three-dimensional digital investigations also
involved the use of Building Information Modeling
(BIM) software (Figure 10, Figure 11).

successful projects seamlessly integrated questions of
structural support, form, and experiential factors, while
simultaneously responding to social, economic, and
environmental contexts.

Figure 12: Structural Model (Jolene Byford, Ashley Harris)

Figure 10: BIM Structure (Austin Ablon, Dianer Ding)

Figure 11: BIM Model (Austin Ablon, Dianer Ding)

Figure 13: Structural Model (Ke Chen, Kai Liao)

Structural diagrams and models were employed as useful
tools throughout the decision-making process (Figure 12,
Figure 13, Figure 14). This systematic approach allowed
students to develop hybrid and composite structural
timber systems, while focusing on prefabrication and
modularity. Levels of prefabrication varied depending on
the chosen structural solution, and they ranged from
prefabricated glulam beams and columns, to
prefabricated CLT panels, to entire prefabricated
modules. In addition, strategies for transportation of
timber elements to the construction site, their assembly,
and the deconstruction of the building at the end of its
life had to be considered. Students were continually
asked to evaluate their design decisions based on
functionality, material and resource use, embodied
energy, and carbon emissions. Invited critics from the
local engineering and architecture community served as
valuable consultants at regular intervals. The most

Figure 14: Structural Model (Mirelle Botros, Alena Savera)
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3.3 BUILDING ENVELOPE
The design of structural systems was followed by the
development of building envelope concepts, which
forced students to consider issues of insulation,
weatherproofing, thermal bridging, daylighting, and
ongoing maintenance. Taking advantage of the high
degree of prefabrication possible in timber construction,
most opted for facade systems consisting of nonloadbearing, story-height panels.

Fully equipped with insulation, air barriers and vapor
retarders, doors, windows, interior finishes, and exterior
cladding, these prefabricated panels offer the benefit of
reduced on-site construction time and optimized
workflow while mitigating space constraints on site.
They also minimize noise pollution and disruptions of
day-to-day operations for adjacent neighbors,
particularly in the dense urban setting of the building
site. Students documented the relationship of structural
system and building envelope in section drawings at the
scale 1/2” = 1’-0” (1:24) (Figure 15).
3.4 VISUAL COMMUNICATION
The requirements of the 2015-2016 TIMBER IN THE
CITY: Urban Habitats Competition stipulated that all
submissions had to be showcased on no more than four
20 x 30 in (50 x 76 cm) digital boards, which was also
chosen as a format for the students’ end-of-semester
presentations. Since the students would not be able to
rely on oral presentations in front of the competition
jury, their boards needed to graphically convey their
design solutions within the site’s context as much as
possible. This necessitated the development of layouts
and graphic concepts that would be able to make their
design schemes visually accessible on multiple levels,
beginning with an appealing project title, to eye-catching
imagery, to carefully choreographed detail drawings.
The student teams dedicated significant time and effort
to the generation of renderings, diagrams, and
information graphics that provided a comprehensive
summary of their projects.

4 CONCLUSIONS
The relevance of this subject matter, effectiveness of its
conveyance, and degree of its comprehension were
apparent in the final eight proposals that were presented.
The students approached the work with enthusiasm and
ambition to produce highly resolved solutions that far
exceeded normal expectations for a design course at this
level (Figure 16, Figure 17, Figure 18, Figure 19). The
resultant quality and conviction of the projects indicates
the timeliness and relevance of structural mass timber
systems for multi-story applications. Students were able
to gain an understanding of how their use can offer
viable low-energy and low-emission alternatives to other
construction methods while satisfying society’s building
needs for the foreseeable future. The continued
advancements in engineered wood products and the
emergence of new building systems highlight the need
for further integration of solid timber construction
methodologies into the architectural curriculum.

Figure 15: Detailed Wall Section (Mark Nordby)
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Figure 16: Final Presentation Sample (Yang Chen)

Figure 18: Final Presentation Sample (Ke Chen, Kai Liao)

Figure 17: Final Presentation Sample (Mark Nordby)

Figure 19: Final Presentation Sample (Emily Knapp)
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CARBON, CONSTRUCTION AND COP 21 – GUIDELINE FOR ENGINEERS
TO POSITION WOOD IN THE POST-COP 21 ERA TO ADDRESS GLOBAL
CLIMATE CHANGE
Peter Moonen, B.SC M.Biol. Zool.

ABSTRACT: The April 2016 signing of the COP 21 summit accord brought with it new opportunities for wood
design. Embodied Carbon footprint reductions from construction, while not in every nation’s commitments, have been
increasing in some national, regional and local government policies. Many of these policies emulate the work from the
IPCC report in 2007 –Sink, Sequester and Substitute. Embodied impact reduction becomes an increasingly critical
factor in material selection since these impacts have both immediate and long-term effects – positive and negative.
Building performance improvements further skew the value of recognizing embodied emissions by changing the
relative balance between embodied emissions and operational ones. Engineers can expand the use of wood in a variety
of building types by understanding the carbon aspirations of jurisdictions and contextualizing the benefits of using
wood within these regulations and policies. New life Cycle Analysis and carbon assessment tools can provide
engineers messages about wood that are both science-based (to diminish conflicts with other material sectors) and
understandable by non-engineer influencers, users and regulators.
KEYWORDS: Carbon, Sequestration, Forest, Sink, Temporal Impact, Avoided Emissions, Life Cycle Analysis,
Carbon Footprint, Embodied, Prefabrication, Canada
INTRODUCTION 123
This paper examines how engineers can better
understand the growing interest in carbon footprint
reduction regulation and increase the role wood products
play in our collective effort to reduce climate change
impacts and, indeed, begin to mitigate some of the
carbon intensity associated with construction.
As
designers of the structural elements of a building,
engineers thus make the choice of materials and, by
default, are partly responsible for the incremental
environmental footprint or benefit associated with the
building. Their decisions can either exacerbate or
mitigate environmental impacts.
Understanding how wood can reduce or, indeed, mitigate
climate change, coupled with a clear understanding of
the carbon-focussed regulations affecting the built
environment and the commitments of government
bodies, will better enable engineers to position their
work as a solution that meets many criteria.

1.0 INTERNATIONAL FOCUS ON
CARBON
1.1 COP 21 AND THE GLOBAL EFFORT TO
REDUCE CLIMATE CHANGE
On April 22, 2016 175 parties (174 countries and the
European Union) signed the Paris Agreement to a new
sustainable development agenda and global agreement
on climate change. The signing of the COP 21
agreement was the first time a global climate initiative
solicited commitments from nations around the world.
Every participating nation developed and submitted their
plans as commitments, not just aspirations or wishful
thinking.
Current trends in global climate change policy are
starting to address these embodied impacts and other
consequences related to material consumption. The
UNFCCC also notes that 91 countries have included
“elements of commitments, national programs, or
projects and plans” related to buildings in their Intended
Nationally Determined Contributions (INDCs).4
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2.0 THE ROLE OF FORESTS AND
WOOD -- 3-S CONCEPT -- SINK,
SEQUESTER, SUBSTITUTE
When the Intergovernmental Panel on Climate Change
completed it’s report in 2007, the role of forests was
clearly identified as both a cause and an opportunity.
Deforestation was contributory to climate change, but
increases in both area of forestland, reforestation of
deforested land and increase in wood use were seen as
opportunities to help mitigate climate change. As noted
in the Intergovernmental Panel on Climate Change
(IPCC) Fourth Assessment Report, Mitigation: “In the
long term, a sustainable forest management strategy
aimed at maintaining or increasing forest carbon stocks,
while producing an annual sustained yield of timber,
fiber or energy from the forest, will generate the largest
sustained mitigation benefit” (IPCC 2007, Nabuurs et.
al).
Simply put – increase the forest land base; grow more
trees on that land base; and use more wood from
sustainable forests instead of other materials. The forest
is a carbon sink, wood sequesters carbon and also acts a
substitution where opportunity exists.
2.1 CARBON SINK
The forests of the world absorb approximately. Oceans
of the world absorb. Between 2004 and 2013, global
-1

forests removed 10.6 ± 2.9 GtCO2 yr from the

atmosphere or about 29% of the annual anthropogenic
carbon dioxide (CO2e) emissions from fossil fuel
burning, cement manufacturing, and deforestation
Combined with the carbon dioxide (CO2) uptake by
oceans, forests have helped to reduce the airborne
fraction of the emitted CO2 to 44% by removing 56% of
emissions from the atmosphere.
Canada is also recognized as a world leader in forest
management, using science-based principles that balance
environmental, social and economic considerations. In
fact our country has 166 million hectares of forest
independently certified to follow sustainable forest
practices—that’s 40% of all the certified forests in the
world.

2.2

CARBON SEQUESTRATION

Wood is approximately 50% carbon by mass. Thus, a
tonne of wood contains approximately .5 t of Carbon.
The molecular weight of Carbon is 12g/mole while the
molecular weight of carbon dioxide is 44/mole. As such,
every tonne of C effectively becomes 3.67 tonnes of CO2
(44/12 = 3.67)
Conversely, photosynthetic conversion of CO2 into
simple sugars and then the long-chain polymer we call
cellulose, and then into wood results in 1.83 t of CO2
(3.67 t x 0.50).

Figure 1: Model of Cellulose molecule

https://upload.wikimedia.org/wikipedia/commons/8/87/Cellul
ose-Ibeta-from-xtal-2002-CM-3D-balls.png

Photosynthesis -- that simple, but complex, natural
process is the source of most life on the planet and a
tremendous opportunity for wood and buildings to play
an role in both reducing the carbon footprint of the built
environment and climate change mitigation.
In effect, nature has given us a superb environmental
weapon – trees. We can consider tress to be solarpowered carbon dioxide-sucking machines that store
energy in a building material.
2.3 CARBON SUBSTITUTION
By replacing one material for another which has a lower
carbon footprint, we can further reduce the amount of
global warming potential.
Since wood sequesters carbon as a result of
photosynthesis, and the other major structural materials
(steel, concrete, masonry) are net emitters of CO2,
So, what does all this mean? This type of research
demonstrates that, while forests can perform many
different levels of advancing carbon objectives, there
may need to be a variety of practices to maintain the
multiple benefits we have come to rely on from forests.

3.0 HOW NATIONS ARE ADDRESSING
GLOBAL CARBON ASPIRATIONS
3.1 NATIONAL COMMITMENTS AND
ASPIRATIONS

Table 1 – Canadian Certification in the Global context.

Many forested countries, including those which are
economically least developed, have planned to stem – or
even to reverse – deforestation trends. Forests are natural
“carbon sinks” and are also beneficial for adaptation and
the preservation of biodiversity. Mexico has to this end
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set an objective of 0% deforestation by 2030, while the
Democratic Republic of the Congo plans to plant about 3
million hectares of forest by no later than 2025. China’s
reforestation programme, which is already underway,
will help to increase the national forest stock by 4.5
billion cubic metres by 2030 compared to 2005, thus
doubling the accomplishment of the past ten years.
3.1.1

Canada

Canada has 10% of the global forest land base, the
second largest in the world after Russia, and is the
world’s largest exporter of forest products. It is also, on
a per capita basis, one of the largest emitters of CO2e.
As such, it has both an opportunity and a responsibility
to take carbon footprint seriously.
When Canada signed the COP21 agreement to reduce
it’s carbon output, it signalled a shift in Federal thinking
to lower governments (provinces and cities) across the
country. By 2017, both British Columbia and Alberta
both have carbon taxes of CAD $30 per tonne
(http://www.cbc.ca/news/canada/calgary/alberta-climateplan-tombe-carbon-tax-1.3548458), the highest in North
America. As well, the country has pledged to reduce it’s
carbon emissions

Figure 2 : Conceptual model of alternative approaches to
managing forest sector carbon stocks and flows.
The evaluation of a mitigation strategy should be based
on an assessment of net emissions to the atmosphere
associated with changes in forest ecosystems, harvested
wood products and substitution effects associated with
the use of wood products. Conservation-focused
approaches increase forest ecosystem carbon stocks but
reduce carbon storage in HWP and reduce HWP
available to substitute other products (top panel). Wooduse focused approaches can reduce forest ecosystem
carbon stocks (relative to conservation-based
approaches) but manage forests for higher carbon uptake
rates, increased production of HWP, and larger
substitution benefits.

The results show that cumulative mitigation benefits
increase over time, with relatively small benefits in the
near term (to 2020) but increasingly larger benefits by
2030 and 2050 (Fig. 2). Relative to the baseline
management of HWP, a shift towards increased
production of long-lived products yielded cumulative
mitigation benefits by 2050 of 435 Mt CO2e, while

shifting HWP use towards bioenergy increased overall
emissions. Combining a “harvest less” forest
management scenario with the increased long-lived
HWP scenario yielded cumulative mitigation benefits of
600 Mt CO2e. The “better utilization” forest
management scenario combined with increased longlived HWP yielded 944 Mt CO2e mitigation benefits.
Creating a “portfolio mix” by combining regionallydifferentiated mitigation strategies across Canada
yielded cumulative mitigation benefits by 2050 of 1178
MtCO2e. Preliminary estimates of abatement costs

indicate that these large mitigation benefits are also costeffective compared to mitigation options in other sectors.
The analyses also demonstrate that the sooner the
mitigation activities are implemented, the larger the
mitigation benefits will be in the mid-term (2030) and
long-term (2050).
Canada intends to achieve a lower carbon economy by:
• wide target to reduce our greenhouse gas
emissions by 30% below 2005 levels by 2030.
Canada’s regulatory approach is coupled with
significant investments in clean energy
technologies in order to drive a steady transition
to a low carbon economy.
• Since 2006, the Government of Canada has
invested more than $10 billion in green
infrastructure, energy efficiency, clean energy
technologies, cleaner fuels and smarter grids.
Examples include:
o Investments towards the development and
demonstration of clean technology
products such as electrical vehicle
charging stations and wind hybrid power
plants.
o Investments to encourage the generation of
electricity from renewable energy sources
such as wind, low-impact hydro, biomass,
photovoltaic and geothermal energy.
Canada intends to account for the land sector using a netnet approach, and to use a “production approach” to
account for harvested wood products.
3.1.2

Switzerland

The Government of Switzerland has formulated an
indicative goal to reduce emissions by 2050 by 70 to 85
per cent compared to 1990 including use of international
credits as well as the vision to reduce per capita
emissions in Switzerland to 1 –1.5 t CO2eq in the longer
term. These unavoidable emissions will have to be
eventually compensated through sinks or removals. Use
of carbon credits with high environmental standards :
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Switzerland will use carbon credits from international
mechanisms that deliver real, permanent, additional and
verified mitigation outcomes and meet high
environmental standards.
Switzerland’s “2000-Watt Society” is a call-to-action
aiming to substantially reduce per capita GHG
emissions. Meant as a model for policy, this initiative
includes clear recognition of the embodied impacts
related to the consumption of goods and services
3.1.3

United States

The United States has already undertaken substantial
policy action to reduce its emissions, taking the
necessary steps to place us on a path to achieve the 2020
target of reducing emissions in the range of 17 percent
below the 2005 level in 2020. Additional action to
achieve the 2025 target represents a substantial
acceleration of the current pace of greenhouse gas
emission reductions. Achieving the 2025 target will
require a further emission reduction of 9-11% beyond
our 2020 target compared to the 2005 baseline and a
substantial acceleration of the 2005-2020 annual pace of
reduction, to 2.3-2.8 percent per year, or an approximate
doubling.
Substantial global emission reductions are needed to
keep the global temperature rise below 2 degrees
Celsius, and the 2025 target is consistent with a path to
deep decarbonization. This target is consistent with a
straight-line emission reduction pathway from 2020 to
deep, economy-wide emission reductions of 80% or
more by 2050. The target is part of a longer range,
collective effort to transition to a low-carbon global
economy as rapidly as possible.
The target reflects a planning process that examined
opportunities under existing regulatory authorities to
reduce emissions in 2025 of all greenhouse gases from
all sources in every economic sector. A number of
existing laws, regulations, and other domestically
mandatory measures are relevant to the implementation
of the target, which we detail in the information
provided.
The United States intends to;
• include all categories of emissions by sources
and removals by sinks, and all pools and gases,
as reported in the Inventory of United States
Greenhouse Gas Emissions and Sinks; to
account for the land sector using a net-net
approach; and
• to use a “production approach” to account for
harvested wood products consistent with IPCC
guidance.
• The United States may also exclude emissions
from natural disturbances, consistent with
available IPCC guidance.
Under the Energy Policy Act and the Energy
Independence and Security Act, the United States

Department of Energy has finalized multiple measures
addressing buildings sector emissions including energy
conservation standards for 29 categories of appliances
and equipment as well as a building code determination
for commercial buildings Under the Energy Policy Act
and the Energy Independence and Security Act, the
United States Department of Energy is continuing to
reduce buildings sector emissions including by
promulgating energy conservation standards for a broad
range of appliances and equipment, as well as a building
code determination for residential buildings.
3.1.4

Japan

Japan has pursued whole-building LCA for some time
via a green building rating system known as CASBEE.
At least 24 Japanese local governments are referencing
CASBEE system as part of green building policy. These
governments require building owners to report CASBEE
assessment results before they will receive permission to
construct.
3.1.5

The Netherlands

The Netherlands is notable as the first country to
explicitly require embodied carbon reporting for new
construction. In 2013, the Netherlands made mandatory
that all residential buildings and most office buildings
report embodied GHG emissions before a building
permit will be granted. The Netherlands has additionally
taken an important step for supporting national-level
policy: in 2010, they unified their EPD programs and
LCA tools, and aligned everything with relevant
European standards. Together, these two actions are
groundbreaking and setting a strong model for other
jurisdictions.
3.1.6

Germany

In Germany, new federal buildings must comply with a
green building certification system (called BNB) which
requires whole-building LCA and where a higher rating
can be achieved as LCA impacts go down. A private
sector, voluntary green building program called DGNB
has similar LCA provisions. Both programs are
supported by a national materials database and a wholebuilding LCA software tool, provided for free.
3.1.7

France

France has taken a leadership role in policy for
embodied impacts in products. In 2011, France became
the first country to require EPDs; the rule was applied
for certain consumer products sold in France. In 2014,
France modified this policy for construction products:
any manufacturer that wishes to make an environmental
claim about a product must first submit an EPD to the
French national EPD database.
.As can be seen, many countries are emphasizing a
‘decarbonization’ policy. This includes energy use in
operations and, where life cycle analysis is being
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advocated, a reduction in material impacts, too.

3.1.8

4.2 CONSTRUCTION PROCESSES, MATERIAL
IMPACTS & GLOBAL CONTRIBUTION

Cities also play a role

But within nations, regions and cities are taking steps to
address carbon footprint.
In addition to a Carbon tax, British Columbia has a
Wood First Policy to advance wood use in government
buildings. This policy stimulates local wood use,
demonstrates innovation in wood use to the marketplace
– at home and abroad – and, assists in reducing the
embodied carbon footprint of buildings over and above
the operational improvements required by a new
building code.
The city of Zurich is applying the challenge in policy
around its own municipal construction projects,
requiring consideration of embodied energy in materials,
and compliance with a very high performance energy
efficiency standard that includes a whole-building LCA
performance target.
The City of Brussels in Belgium, the political capital of
Europe, mandated Passive House from January 1st 2015
- the first city in the world to do so. While not
specifically addressing embodied emissions, the move to
Passive Design does create opportunities for wood on
buildings suitable for its use, especially in building
envelope situations.

Figure 3

(DOE 2009).

2008 U.S. greenhouse gas emissions by sector

In examining the global factors impacting climate
change, it becomes apparent that changes to our built
environment are necessary - -both by improvements in
operational efficiencies and reductions in the impacts
associated with construction in the first place.
4.3

CONSTRUCTION CHAOS?

The City of Vancouver recently proposed that all new
rezoning projects provide information about the
embodied impacts of the project, a first for North
America.

4.0 CARBON IN CONSTRUCTION
4.1

CONSTRUCTION TODAY

Construction and operations of buildings and structures
constitutes the single greatest consumer of natural
resources, including energy.
According to Global
Construction Perspectives and Oxford Economics the
global construction industry has a number of challenges
and opportunities and a number of factors will affect
outcomes. In addition to forecasting growth in various
regions, questions about carbon are being posed as both
opportunities and issues of concern.

Figure 3: Construction chaos? courtesy Cree by
Rhomberg, Harald Professner, Hubert Rhomberg 2012
Current trends in global climate change policy are
starting to address these embodied impacts and other
consequences related to material consumption. The
UNFCCC also notes that 91 countries have included
“elements of commitments, national programs, or
projects and plans” related to buildings in their Intended
Nationally Determined Contributions (INDCs).
It could be argued there are three stages affecting
environmental impacts that need to be addressed in the
building of a structure
•
•
•

construction site management
building form, function and final performance;
material selection;

To the untrained eye, many construction sites are seen to
be a chaotic mix of people, materials and equipment
moving in random order and eventually resulting in a
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structure. Even to the trained eye, some construction
sites care barely managed chaos.

and reduces the time of assembly, allowing mechanical
trades to enter the building sooner.

But construction site management plays a climate role as
well. Badly organized sites involve more transportation,
due to bad logistical planning, lower efficiency of
labour, longer construction times, poorer quality and the
resulting higher costs.

At the building site of the 18-storey Brock Commons
student residence at the University of British Columbia,
constructed using Cross Laminated Timber (CLT) panels
and Glulam columns, the loudest noises heard come
from of the concrete pumper truck pouring in the skim
coat on each floor, and the roof replacement work being
done on an adjacent building.

4.3.1

Off-Site Construction

A significant trends in the global construction sector ,
and one that is well ensconced in the European sector,
off-site construction, or prefabrication. The use of
prefabricated elements – panels, components and
volumetric elements – addresses many of the issues
plaguing the sector.
•

•

•

4.3.2

Labour and Quality Control -- The reduction of
people entering trades over the last several decades
has resulted in shortages of skilled workers in
several countries. This can, in turn, result in both
slower and poorer quality construction.
Consolidating production in a controlled
environment and under the watchful eye of skilled
trades people reduces safety hazards, increases
worker efficiency and lowers the likelihood of
error.
Site Limitations -- Urban densification /
revitalization imposes space constraints on projects
since previous adjacent staging areas are no longer
available. Prefabricated elements reduce or
eliminate the need for extensive staging areas of
basic materials. In addition, redevelopments in
developed areas often have greater constraints due
to noise, traffic and parking, hours of operation and
permitting.
Speed -- Time is money. Conventional sequential
construction extends timelines. Site preparation
concurrent with component manufacturing reduces
erection time and the impacts that can result from
weather effects.
Relevance to wood

Off-site construction practices can favour wood
components. In a controlled environment, wood is
protected from weather events and can be machined to
extremely tight tolerances, resulting in better structural
and envelope integrity.
The lighter mass of wood elements lowers transportation
impacts and off loading time on site, and can even
reduce the load demands for on site equipment. Wood
elements are also more easily handled on site and may
not require cranes for installing.
Prefabricated wood components assemble quickly and
quietly, causing less disruption to neighbourhoods, lower
silica dust levels (a worker and neighbourhood issue)

5.0

LIFE CYCLE ANALYSIS (LCA)

Life Cycle Analysis (LCA) for buildings is a
methodology of evaluating the environmental impacts of
a structure over the course of its presence. It includes
the four key phases of a building’s life:
•
•
•

initial construction,
building operation,
ongoing maintenance, repairs, and renovation,
and
• end-of-life.
The initial construction phase accounts for
environmental impacts required to complete the
building; including production of the building
materials, transportation of materials to the site and
the process of construction activities. The initial
construction phase is also the phase at which analysis
of the materials, which could include embodied
carbon and energy, is measured. Embodied energy is
the total amount of energy required to extract the
raw materials, manufacture the building product, and
install it in the building. Embodied energy, often used
as a surrogate for embodied carbon, includes both
manufacturing and transportation. As a result, the
actual embodied energies for a specific building will
depend on location.
The building operation phase accounts for impacts
related to regular operations of the building; including
water and energy consumption (electrical and fossil
fuel), solid waste generation and greenhouse gas
emissions. This would also operational impacts due to
Lighting, air management systems, lighting, electrical
plug loads and water processes.
The maintenance/repair/renovation phase accounts for
the material and energy use required for regular
maintenance (e.g. painting) or replacement of items with
short lifetimes (e.g. flooring, fixtures, consumables). It
also accounts for energy required for substantial
renovations of the building should that be required.
The end-of-life phase accounts for impacts related to
deconstruction and demolition, such as solid waste
generation. The end-of-life phase can also identify
opportunities for impact reduction through recovery,
recycling and salvage of building materials. Design for
deconstruction—a strategy for sustainable building
design that directly involves structural engineers—is
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increasingly of interest in the green building movement,
especially as designers evaluate methods to dismantle
buildings instead of demolishing them and trying to
salvage from the leftovers. (In the case of wood, nonreusable wood products may be able to replace nonrenewable energy sources, essentially completing the
cycle and returning base components to the earth.)
5.1 EMBODIED IMPACTS OR MATERIALS
Embodied impact is the portion of building-related
greenhouse gas (GHG) emissions attributed largely to
construction materials and processes. While operating
carbon addresses only one stage in a building’s life – the
“use” phase – embodied carbon addresses the rest of the
life cycle: the environmental impacts due to the building
before and after it is occupied, plus the materials-related
impacts during the use phase, such as periodic product
repair, maintenance, alterations and replacement.
The construction sector and its policy-makers typically
ignore the embodied portion of a building’s carbon
footprint. When it is even acknowledged to exist,
embodied carbon is dismissed as too insignificant
compared to the much larger lifetime GHG emissions for
building operation. That perspective is beginning to
change, particularly with an increasing urgency to
address climate change. The initial carbon footprint of
construction is both significantly large and immediate.
Applying a near- term time frame on carbon priorities
makes embodied GHG reductions an attractive target. In
addition, as buildings become more energy efficient and
less dependent on fossil fuels, the embodied portion of
carbon footprint becomes larger than the operating
portion.
Embodied GHG emissions are one of the environmental
impacts measured with life cycle assessment (LCA).
Industry has long practiced LCA to understand the
environmental footprint of products and to report the
data, as in environmental product declarations (EPDs).
This trend is increasing lately across multiple industrial
sectors, including construction materials manufacturers.
Some building design professionals also use LCA for the
same purpose, but at the level of a whole building.
Architects and engineers have direct control over the
initial embodied emissions by way of material selection
and other design decisions.

Table 1: Operating versus embodied with a near-term
perspective -- International Policy Review, Athena Sustainable
Materials Institute, 2016.

The proportion of embodied / operational impacts varies
greatly and is dependent on the operational performance
levels of the building (and the nature of the primary
energy source), the lifespan of the building (expected
and actual) and the type of construction and materials
used therein. As such, the embodied impacts may range
from 5% to 20%.
However, one thing is consistent -- as regulations,
aspirations and expectations for better building
performance increase, the relative importance of the
embodied impacts is increasing.
5.2 TEMPORAL ASPECTS
Carbon Immediacy of emissions before operations
commence
At the point at which a building becomes occupied, all of
the impacts associated with the construction and
manufacturing of the components have already occurred.
They are done. There is no going back.
At that point, the operational impacts begin. It may take
several years before the cumulative operational impacts
are equivalent to the embodied impacts. And the higher
the operational performance levels the building, the
longer it will take to reach parity with the embodied
impacts.
Whole Life Impacts – 80 Years
Opera&onal
Impacts

Embodied
Impacts

Figure 4: Demonstrating comparison of relationship
between embodied and operational impacts over 80 year
life span.
Opera&onal
Impacts

Year 1

Embodied
Impacts
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Figure 5
Demonstrating comparison of relationship
between embodied and operational impacts over 80 year life
span in year one.

non-depleting one. It can be argued that avoided impacts
are equivalent.
5.3

Opera&onal
Impacts

Year 12
Opera&onal = Embodied

Embodied
Impacts

CARBON TIPPING POINT

The third consideration regarding timing of emissions
has to do with a hypothetical carbon tipping point.
“Our global climate is nearing tipping points. Changes
are beginning to appear, and there is a potential for
rapid changes with effects that would be irreversible – if
we do not promptly slow fossil fuel emissions during the
next few decades.”
And
‘The conclusion that CO2 must be reduced to a level

Figure 6 Demonstrating comparison of relationship when
embodied and operational impacts over 80 year life span are
equivalent
In addition to the increasing relevance of embodied
carbon, there is a temporal benefit to avoided and
sequestered emissions, too.
Research out of Canada points to cumulative longer-term
benefits of early Carbon reduction, rather than simply
accrued operational savings. After considering the return
to the atmosphere of short-lived products, (wood waste,
demolished building, etc.) as well as the reduction in
cumulative carbon impacts, the benefits of reducing
carbon emissions NOW are apparent.
Like the interest in a retirement savings account, the first
monies invested have greater contribution opportunities
than later contributions.

<350 ppm was startling at first, but obvious in
retrospect. Earth’s history shows that an atmospheric
CO2 amount of say 450 ppm eventually would yield
dramatic changes, including sea level tens of meters
higher than today.’
James Hansen on Climate Tipping Points and
Political Leadership -- Excerpted from Strategies to
Address Global Warming
https://insideclimatenews.org/news/20090715/jameshansen-climate-tipping-points-and-politicalleadership

If a carbon tipping point is likely or, wore, inevitable,
then the emissions we avoid today are even more
important than those we avoid in 20, 40, 80 or 100 years.
If nothing else, the reduction may extend the time it
takes to reach the carbon tipping point in the hope
humanity finds time to adapt and mitigate climate
change.

6.0
TOOLS
FOR
EMBODIED IMPACTS

MEASURING

6.1 FUNCTIONAL UNIT
Given the variability of impacts due to geographic
location (primary energy sources, transportation
requirements, abundance or scarcity of materials,
processing capabilities, etc.) tools to evaluate the
embodied impacts must also be regionally specific.
Table 2– Cumulative Benefit of avoided 1 kg CO2

emission -- Demonstrates cumulative benefit, or Net
Present Value, of avoided emissions over time.

Questions arise about the validity of including
‘avoided’
emissions,
given
the
hypothetical
unpredictable nature of future conditions. However, if
one assumes the operational impacts are occupant/userbased rather than material based, the merits of early
avoidance remain consistent. Avoided emissions are
valid when converting from a depleting fuel source to a

As well, since materials may be used in a diversity of
structural systems, including combinations with other
materials, it is essential that comparisons be made based
on a ‘functional unit’ basis.
LCA data should be tied to the functional unit of the
material or product, which should include quantity,
quality and duration (e.g. 100sf of floor to support a live
load of 100psf with max 1⁄4” deflection for 50 years). If
looking to compare results of different analyses, care
should be taken to ensure that equivalency of function is
maintained.
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As an example, a LCA comparison between a tonne of
wood and a tonne of concrete or steel will give very
different results than one between a cubic metre of
wood, steel or concrete. Designers must ensure that the
functional units being compared are performing the same
service in a structure. i.e. bearing the same load; having
the same service life; achieving the same performance
outcome, etc.
LCA AND SYSTEM COMPARISON
6.2
TOOLS.
There are many systems and tools that can be used to
compare LCA outcomes between products. While some
may focus on a single attribute (e.g. carbon footprint,
energy consumption, water use) others provide greater
depth to be able to more accurately evaluate a structure’s
environmental footprint.
For designers, there are both upsides and downsides to
using these tools.
Like most human endeavours, the more you put into it,
the more you get out of it. The same is true for LCA
tools. But it is not uncommon for busy design
professionals to want a tool that is convenient, cheap,
simple, fast, accurate and transparent. Unfortunately,
tools like this are in short supply. Accuracy of output
depends on detailed input. That takes time and time is
money.
However, increasingly there are tools available which
can provide a relative comparison between structural
options, if only to determine scale of impact between the
systems being considered.
As background, in 2015, the Province of Quebec
introduced a Wood Charter. In addition to increasing the
use of wood in the province, one of the objectives of the
Wood Charter was Reduce greenhouse gas emissions. in
order to fulfill this objective a method had to be
developed that was both credible and functional.
The tool was developed by CECOBOIS using
comprehensive Life Cycle Analysis tools. It permits
users to enter general building information about the
building including size, footprint and material systems,
and provides the user with an output comparing the
results from each structural scenario.
The tool has strived to be user-friendly, transparent,
realistic, regional and easily updatable.

Figure 2. – Output sample from CECOBOIS tool.

7.0

CONCLUSION

Designers have both a responsibility and an opportunity
to undertake more accurate evaluations of the embodied
impact of the structures they design. As governments
around the world take steps to implement regulations in
this area, designers of wood structures will find future
legislation to be compatible with this carbon-friendly
material. Understanding how wood can fulfil these
regulatory requirements and societal aspirations about
carbon will tremendously increase the potential for wood
use in the near- and long-term.
However, designers must understand both the rationale
and the appropriate methodology of evaluating embodied
impacts to ensure their wood designs can stand the
scrutiny of the public eye, meet the requirements of
current and future regulations and withstand the
resistance to increased wood use from the competing
material sectors. Recently developed credible impact
evaluation tools for designers need to become a standard
part of a designer’s repertoire and will be invaluable in
providing credible environmental information about
what we design.
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DEBUT TIMBER CITY” TO THE WORLD – KES SYSTEM ×FIRE
PROOF TECHNOLOGY “COOL WOOD ”
KA UYOSHI KIMURA
ABSTRACT: In this presentation, first we would like to review the current conditions surrounding the large-scale
wooden architectures in Japan. Next, we will explain about the technologies for realizing the large-scale/mid-to-highrise wooden architectures in Japan especially on the joinery hardware and fire-proof architectural technologies. And we
would like to argue about future prospects for realizing the streetscape of wooden architectures, that is, a "Timber City"
in Japan and in the cities all over the world.
KEYWORDS: Large-scale wooden architectures, KES® system, Fire-proof technology, COOL WOOD®, Creating a
Forest in the City®

1 PREFACE – THE CORE
TECHNOLOGIES FOR REALI ING A
“TIMBER CITY” 123
In December 2015, the Nanyo-City Cultural Center in
Yamagata prefecture was listed in Guinness World
Records® as a world record “Largest wooden concert
hall”. This hall is a wooden facility with seating capacity
of 1,403, total floor area of 5,900 m2, maximal height of
24.5 m, and maximal span of 28 m. It grand opened in
October 2015, 2 months before listing. The
manufacturing and supply of wooden structures
including 1-hour fire-proof technologies were contracted
to us.

Figure 1: ain
Capacity ,

1

all

anyo-City Cultural Center

Kazuyoshi Kimura, President of Shelter Co., Ltd,
k-kazu@shelter.jp

eating

Figure 2: Side View of Main Hall / Nanyo Cultural Center

The main accreditation criteria for the Guinness World
Record are; the building is a purely wooden architecture,
excellent in acoustic performance, seating capacity and
the record of concerts held in it. And this is a World
Record that wouldn’t have been achieved under the
Japanese domestic law without the development of
wooden fire resistant technologies.
The Main Hall of this Cultural Center adopts the texture
of softness making use of the properties of wooden
structure, and the dynamic and beautiful sound effect
impresses the audience. The title of “World Largest”
wooden music space is contributing to the growth of
interacting population and the region’s economy as well
as being a hub for artistic and cultural activities.
In the central part of Kyoto in March 2016, the “Kyoto
Wood Hall” was completed as a first 4-story wooden
facility in Kyoto, using 2-hour fire-proof technologies
for the first time in Japan.
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residential buildings such as government buildings,
schools, facilities for elderlies, and children's facilities.

Figure 3: yoto

oo

all

Being made of cedar wood grown in its local Kyoto area
and harmonious with the scenery of an ancient city
having a history more than 1200 years, the building is
drawing an attention of people both domestic and
overseas as well as the people of that area.
Now, a plan is going on for construction of a great
tourist facility in Toyosu, Tokyo. It will be a face of
Tokyo toward Tokyo Olympics held in 2020. A large
scale commercial facility that recreates the streetscape of
Edo era is going to be realized using 1-hour fire-proof
technologies.

Figure 4:

Conceptual icture o

oyosu roject

Thus, throughout the scenery from the country to the
cities, the wooden architectures of Japan are stepping
toward large-scale/mid-to-high-rise buildings. The prime
technical movers for this trend are the joinery hardware
method "KES system" and the fire-proof technology
"COOL WOOD".

2 KES SYSTEM – THE WORKABILITY
AND TOUGHNESS
2.1 OVERVIEW AND SUPPLY RECORDS
KES (Kimura Excellent Structure) system is a joinery
hardware method developed by Shelter Co., Ltd. This is
an innovative construction technology that can conform
with various sizes of architectures from small residential
houses to mid-to-large scale buildings.
We have the record of more than 20 thousand buildings
in Japan including both residential and non-residential
houses until today. Also in the United States, 4 churches
were built using this system. Among the 20 thousand
buildings in the record, 1 thousand buildings are the non-

Figure 5: he irst
oinery ar are

rototype rchitecture in apan using

2.2 FEATURES OF KES SYSTEM –
WORKABILITY AND TOUGHNESS
The two advantageous features are, 1) Ease of
construction 2) Extremely high toughness.
The skillful technique of a carpenter has long been used
for joineries for wooden architectures in Japan. Because
the techniques were taken over through the
apprenticeship, those had been a portion so called a
black box dominated by the long term experience and
intuition of a craftsman.
On the other hand, the hardware unit for this KES
system is highly standardized, and requires only a simple
process of hitting a drift pin after fitting the pre-cut
members together during construction work, but does not
require any experience or special technologies that had
been considered necessary, and it provides with ease of
work for anybody. As a result, the construction works of
architectures using the KES system are creating the
employment in all the areas in Japan, and contributing to
the vitalization of region's economy.
The structures are all calculated, and the precision and
strength are dramatically enhanced by the use of CAD,
CAM and automatic machining using a pre-cutting
machine tool. With secured durability of architecture
with the joinery hardware, the designing of a large space,
and the reflection of images during engineering and
designing processes to the architecture has become
possible.
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Figure 9:
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The toughness of KES system was proved in the Great
Hanshin-Awaji Earthquake in 1995, the damages by
tsunami of the East Japan Earthquake in 2011, and the
Great Kumamoto Earthquake occurred in April this year.
Among all other houses and buildings torn down, the
architectures built using KES system remained sturdy. A
really revolutionary innovation has been brought about
in the wooden architectures of Japan by the appearance
of KES system based on structural calculation adopting
the joinery hardware for the wooden architectures that
used to be built with the dominant traditional structuring
methods.

Figure 7:
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KES system

Reinforced Concrete

Figure 8: itakami eneral ranch
ice shinomaki,
iyagi pre , a
structure uil ing remaine in the ruine
RC uil ings

3 FIRE PROOF TECHNOLOGY COOL
WOOD – CREATION OF
“IMCOMBUSTIBLE WOOD”
3.1 THE WEAK POINT OF WOODEN
ARCHITECTURE – A HISTORICAL
OVERVIEW
As thus far explained, the more excellent safety of
wooden architecture compared to steel-frame or
reinforced concrete has been proved. However there was
one more barrier to overcome. It was the barrier "Wood
burns".
From ancient times, Japan was rich in forestry resources
and various wooden architectures have been built with
wood like those represented by Horyu-Ji Temple and
including residential housings for the people. Still 500
thousand buildings are built every year. Because of this,
Japan is positioned as a "Country of Wooden
Architecture" in the world.
At the same time Japan has been a country of disasters.
Not only the earthquakes mentioned before, the damages
by typhoons and the floods due to heavy rainfall are
recorded throughout the history. The wooden
architectures in Japan frequently suffered from such
damages of disasters. In the Great Kanto Earthquake
occurred in September 1923, over 200 thousand wooden
architectures were torn down or burnt by the earthquake
and a fire after it. And approximately 270 thousand
wooden architectures were burnt down by the major air
laid over Tokyo using firebombs in March 1945.
Approximately 40 thousand buildings were completely
torn down by the strong wind and high tide by the
Typhoon Vera (Ise-Wan) in September 1959.
The Building Code of Japan established after War based
on the lessons of those experiences through the disasters
and the War includes the unprecedentedly strict fireproof stipulations. The wooden large-scale/mid-to-high
rise buildings and special buildings such as schools and
government buildings in the area classified as "Fire
Control Area" by law are required to have the fire-proof
performance. For this reason, the types of buildings that
were permitted to construct in the fire control area in a
city had been limited to the steel-frame or reinforced
concrete buildings and the construction of such wooden
architectures was impossible.
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3.2 DEVELOPMENT OF FIRE PROOF
TECHNOLOGY COOL WOOD
We are holding out a company slogan "Creating a Forest
in the City", that is to realize a streetscape of wooden
architectures in a city. For achieving the slogan, it was
indispensable to construct wooden large-scale/mid-tohigh-rise architectures in the fire control zone of city
area. Our company has started to develop the fire-proof
technology. After a long term research and development
we have passed the 2-hour fire-proof test for the first
time in Japan and were certified by the minister.
The fire-proof technology "COOL WOOD" developed in
this way has a 3-layer structure consisting of a load
supporting member that supports the load of architecture,
a layer of surrounding gypsum board and a layer of
wooden external board.
While maintaining the mild texture of wood, this
structure has realized the fire-proof performance that
stops the fire and the heat with the layers of external
material and gypsum board, and does not leave the
slightest trace of carbonization on the load supporting
bottom layer material.
Furthermore, the cedar material with lowest specific
weight was adopted to pass a test for development of
COOL WOOD. This allows the use of any tree species
for structural wood in Japan. In addition, the use of
gypsum board as an insulation material permits the use
of factory working technologies practiced in any area
under the instruction of our company using wood
materials from any part of Japan, because they are
generally found in the market in Japan and does not
require a large scale milling equipment for working.
For spreading this fire-proof technology widely into the
market as a standard, we have established an association
for spreading the fire-proof wooden architectures and
currently promoting an activity to open this technology
to the public.

Figure 11:
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The current development status is that, 1-hour and 2hour certification of Minister of Land, Infrastructure and
Transport on columns, beams and partitions are acquired.
Furthermore, the certification procedures on ceiling,
flooring, and external wall materials are proceeding.
The development of this technology has overthrown a
stereotype "Wood burns" and has brought about a new
innovation on wooden architectures. The COOL WOOD
has been adopted for real constructions one after another,
and in addition to the first 3 examples, there are plans in
progress for constructing a wooden 5-story government
office, a commercial building in the fire control area in
Tokyo.

Figure 12:
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The realization of this "COOL WOOD" made it possible
to construct the wooden architectures over 4-stories up to
14-stories under the Building Code in Japan. In the cities
in Japan where only steel-frame or reinforced concrete
buildings were permitted for construction, a wide future
prospect has been cultivated for construction of wooden
buildings. It has made another big step to approach the
realization of the streetscape of wooden architecture.
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4 CONCLUSION – “TIMBER CITY” TO
THE WORLD
Finally our goal "Timber City" is coming true with the
KES system, fire-proof technology "COOL WOOD",
and 3D machining technology on which the development
has been started recently. This will be a prime mover for
realizing a human health friendly environment with full
of beautiful designs, and for recreating the local
communities through the active use of wood materials in
the region. Furthermore, it leads to the mitigation or
solution for global warming from the global point of
view. The realization of a human and earth friendly
"Timber City" resistant to disasters, warm, and filled
with comfort, never experienced by anybody.

Figure 15: Recent orks, the mage perspecti e o ount uji
orl eritage Center esigne y higeru an rchitects

We would like to propose this concept "Timber City" to
the world, from Japan of wooden architecture tradition
from the ancient times. We strongly hope and have a
strong determination to spread this for the future of the
earth and human being.
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RETIREMENT HOME – HALLEIN, AUSTRIA
Simon Speigner1
ABSTRACT: As a result of the significant changes in the field of care and the number of residents' rooms, the
municipality of Hallein decided on the rebuilding of the existing retirement home by the town park in Hallein and held
an architectural competition for this purpose. Initially, it was intended that the project would be realised in multiple
stages and construction phases. The new build was planned as a four-storey solid construction with the option of being
able to add a fifth storey at a later date. During the course of planning, a modular timber construction design was
favoured for reasons of reduction of the construction time and emissions during the construction period and owing to
ecological construction considerations. Very high quality was possible in the design and furnishings thanks to a high
degree of prefabrication.
KEYWORDS: modular timber construction, sustainable and ecological construction, reduction of construction time

1 INTRODUCTION1

2 PROCESS ORGANISATION

Since October 2013, a senior citizens' residence which is
ambitious with regard to its architecture and open spaces
has provided the new home for elderly people from
Hallein and the neighbouring communities. When the
rebuild became necessary, the municipality of Hallein
made the right decisions: rather than moving the senior
citizens' residence to the outskirts, it wanted instead to
erect a building in the same central location right by the
town park which was enlarged courtesy of
sps÷architekten's designs. Although this meant a
challenge in execution of construction work, it ensured
the best possible mobility and public integration of the
residence and its occupants. The choice of modular
timber construction for the serial layout of the rooms on
the residential floors allowed for a significant reduction
in the construction time.

The original retirement home was built between 1965
and 1989 in three construction phases. The kitchen and
dining room were rebuilt in 2000/2001. The first
deliberations regarding the renovation of the existing
building took place in 2004.

Figure 2: the original retirement home
(© sps÷architekten zt gmbh)

Figure 1: retirement home in Hallein (© Dietmar Tollerian)

1

Simon Speigner, sps÷architekten zt gmbh, Austria,
atelier@sps-architekten.at

Only in 2007 was the decision taken to rebuild the senior
citizens' residence. An architectural competition was
finally held in the middle of 2008. It was possible to
develop a very spacious solution for the rebuilding of the
Hallein senior citizen's residence. The angular, compact
new building was placed on the edge and the western
corner of the town park. This freed up a part of the
north-eastern section of the park which had been taken
up by the previous building since the post-war years. The
direct comparison with the other competition projects
also made it clear that the winning project would be best
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able to further develop the spaciousness of the open
space in the inner town. The park would now be linked
with the Almbach green space once again, and the
existing home for assisted living on Parkstraße can also
enjoy the open space thanks to the design.

Figure 3: the retirement home in the city park
(© Dietmar Tollerian)

The development, which grew heterogeneously,
experienced an adjustment and clarification. In terms of
urban development, the shorter wing of the new building
connects to the so-called "Ziegelstadel", forming a
companion to this former Hallein saltworks warehouse.
The present-day multi-purpose hall for a wide range of
events, together with the new building and the entrance
area situated there, forms a spatial impression and
gateway to the bridge and the Pernerinsel towards the
old town. The relationship with the Ziegelstadel was
balanced best in the four-storey competition project.

Figure 4: the senior citizens’ residence and the “Ziegelstadel”
(© Dietmar Tollerian)

The simultaneous and therefore more affordable increase
by a fifth storey with an additional 32 single and two
double bedrooms was then decided as a result of a

forecast from the Federal State of Salzburg. The new
building connects to the town park via a private terrace
area and a semi-public garden area with strolling area
and a garden for residents with dementia. This walk also
offers an attractive, weather-protected area by the river
and passage to the town park under the elevated part of
the structure. Loosely placed plantings border the park
area without sealing it off.
The suggestion of extending the Salzach promenade on
the riverbank side of the structure for "living on the
Salzach" was implemented and the town park was thus
better connected. In the course of the integral flood
protection, the park's opening onto the river was
improved with a bay-shaped restructuring on the shore
area.
In the winning competition project, the residence was
planned using a crosswall structure with solid ceilings
and external wall surfaces. It would not have been
possible to win the competition with a timber
construction since the prejudice against timber
construction was simply too high, especially for this
construction project. The arguments for a timber
building were subsequently focused on the basis of
previous successfully implemented construction projects
using timber construction: complex execution of
construction work was called for during the competition
phase: three time-delayed demolition and construction
phases were planned in order to always have one
hundred beds available for the residents during the
construction period. An alternative suggestion was then
made: moving all care beds into a temporary container
solution and demolishing the old building in just two
stages. The existing kitchen area was required for the
temporary container solution. The repetition of the same
room predestined the senior citizens' residence for serial
production. A timber structure with a high degree of
prefabrication reduced the construction time by several
months, which meant a significant reduction in the
stress, and particularly the noise pollution, which the
residents and employees were subjected to.
Once it was ensured that the alternative would not be
more expensive using home-grown timber, the
municipality decided on a change of construction. The
assurance verified that planning designed consistently,
from the beginning, for modular construction led to
slightly lower construction costs in comparison with
traditional solid construction with drywall constructions.
The quicker construction time with lower interest
payments, for example, made the financial advantages
even clearer. For construction with structurally identical
timber elements and solid timber ceiling in the hallways,
the construction project needed to be completely
rescheduled. A well-known Vorarlberg-based timber
construction company manufactured the 136 rooms with
144 beds in two months with a high degree of
completion. The modules – up to four rooms per day –
were completely assembled on rails, similar to the
assembly line production in the automotive industry, in a
rented hall in Kalwang (Steiermark) right near the
production location for the cross-laminated timber
boards.
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Figure 5: prefabrication of the modules in
Kalwang/Steiermark (© Andrew Phelps)

Figure 9: prefabrication – installation of furniture
(© sps÷architekten zt gmbh)

The living rooms and their wet rooms were already
equipped with completely built-in furniture right through
to the clothes hooks.
Once the partial cellar, ground floor and staircases had
been built using solid construction, the living units,
essentially ready for occupancy, were installed on the
construction site –around ten to 12 units per day – and
only the curtains and mobile furnishings were still
missing.
Figure 6: prefabrication of the modules – partition wall
(© sps÷architekten zt gmbh)

The units remained sealed until shortly before
completion of the residence, all supply lines and waste
pipelines such as water, electricity, supply and return air
and waste water were connected from the hallway. The
serial character of the room elements combines in the
outward appearance – framed as a clear body and given
rhythm by the balcony areas – into a calmly resting
building.

Figure 7: prefabrication – plumbing (© Andrew Phelps)

Figure 8: prefabrication of the modules – indoor
(© Andrew Phelps)

Figure 10: bedding the modules in Kalwang
(© sps÷architekten zt gmbh)
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Figure 11: transport of the modules (© Andrew Phelps)

Figure 13: balconies (© Dietmar Tollerian)

The open foyer with central staircase opens onto the
forecourt and Pernerweg and is connected to the living
areas such as the prayer room, café and dining room with
windows on two sides, behind which the kitchen and
administrative area are situated. The open main staircase
gets mellow light through a large skylight and leads to
the four living floors. The corresponding nursing care
bases – located right next to the main staircase – offer an
optimal overview of the two spacious and light
"midways". If you consider the splendid home as a town
in miniature, these semi-public hallways widen into
semi-private eating and living "squares" which alternate
with blocks of grouped "houses" (rooms). The
arrangement of the hallways and the eating and living
areas – the latter two with front barrier-free communal
balconies or sun terraces – allows for views of the park
and the square, of the Salzach, the old town and the
mountain silhouettes with the Schlenken, Tennen and
Hagen mountain ranges, Hoher Göll, Dürrnberg and
lesser and greater Barmstein. The midway offers varying
daylight and beautiful views from both sides.
Figure 12: assembling the modules (© Andrew Phelps)

The four upper storeys float above the base. The ground
floor – fully enclosed in glass panels – originally was to
achieve the greatest possible transparency, but the
window facade now alternates with closed wall elements
in the form of gabions with gravel as a trellis for plants.
The facade cladding was the result of a long discussion
process; a timber facade, among other things, was
rejected. Although the copper facade which was finally
chosen was a little more expensive in comparison with
traditional facades, this value is sustainably invested: at
the end of the building's life cycle the facade will
become a valuable raw material supply again. Copper
sheet can also gain a blue covering in the weathering and
oxidation process. This patina inspired the planners to
choose a rich dark blue when creating the colour
concept, which integrates the building elements such as
balconies, windows and railing positively into the overall
effect, both externally and internally.

The comprehensive, overall creative concept combines a
multitude of materials, surfaces, furniture and equipment
into a single entity and stretches all the way to the
inspection covers of the suspended ceiling. They are
made from coloured felt and, together with other soundabsorbing felt surfaces, improve the acoustics of the
rooms. Cubically structured lights, co-developed by the
architect, match this characteristic design style. In the
hallways in similar buildings, the hallway ceilings are
often dominated by household necessities such as fire
alarms or irritating inspection covers, but here we see a
varied ceiling view, broken up with strong colour
accents. The fire prevention systems is efficient but
discreet, fire curtains replace the often irritating fire
protection doors. Such doors between the hallways and
main staircase were able to be avoided, increasing the
spaciousness and continuity and making everyday life
easier for the users and staff.
The hallways and living areas are clad with rough sawn
silver fir slats, mostly white and painted with varnish in
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soft colour nuances in some areas. This is harmoniously
complemented by the other materials used: the oak wood
floor, the wall areas with colourful felt covering and the
stair areas in exposed concrete.

in their new home. The use of timber is continued in the
ceilings with spruce. These white varnished crosslaminated timber boards in the timber modules reference
the structural timberwork of the residence.

Figure 14: the inside corridor of the retirement home
(© Dietmar Tollerian)
Figure 17: room for inhabiters (© Andrew Phelps)

Figure 15: entry of the retirement home (© Stefan Zenzmaier)

The staircase parapets are made from green dyed
fibreboards. Well-coordinated colour accents and
materials, artificial and natural light depending on the
function and a variety of visual relationships generate a
stimulating, varied, friendly and homely atmosphere.

Figure 16: staircase (© Dietmar Tollerian)

The rooms have a more neutral but just as homely
character. Light and warm grey, sand and beige tones
form a restrained background which gives the residents
space to display their pictures, photographs and furniture

The goal of achieving the largest possible rooms of
around 30 square metres which can also be flexibly
furnished with the residents' own furniture resulted in
compact wet rooms which nevertheless maintain the
turning radii for wheelchairs. The wall furniture in the
entrance area with partially wheelchair accessible key
hooks, bench and shoe rack, coat rack and hat rack
extends towards the residents' rooms with a wardrobe as
well as a TV stand with open and closed shelf areas. The
seat and shelf right by the window are also very
attractive and practical. The window element has a full
height casement, which can be opened fully and
increases the link to the outside. The 32 single and two
double rooms per floor offer living in all directions, to
the park, to the town, to the mountains. In the rooms, the
designers opted for elegant furniture from a Tyrolean
producer; the accessible table with two chairs is included
in the basic furnishings.
The art-in-architecture interventions came from
academic sculptor Peter Hartl, who was nominated by
the clients. In the dining room, Stefan Zenzmaier
photographically gave Anton Eggl's Hallein panorama a
whole new look. Many tradesmen and companies from
the region were employed. The passive house type
building envelope adds to the sustainable construction
with home-grown timber. Among other things, the
residence has a large thermal solar energy system, a
large buffer storage unit across multiple floors, comfort
ventilation for the living floors and an extensive green
roof. This responsible approach to natural resources on
the one hand and the close link with nature in the
immediate surroundings on the other are characteristic of
the new building: the senior citizens' residence has a
symbiotic relationship with the town park and creates
open spaces in a variety of ways with the space by the
"Ziegelstadel", the terrace between the dining room and
the park, the large covered area by the river and the
communal balconies and sun terraces on the upper
floors. They are part of the generous space on offer in a
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modern residence which offers the residents a vibrant
environment.

3 ENERGY CONCEPT
The central heat supply is provided through a connection
to the district heating system in Hallein. In addition to
this, a solar energy system with a surface area of approx.
310 m² was installed. This solar energy system – with an
appropriate usage pattern – achieves an annual energy
input of approx 110,000 kWh.
In order to reduce the energy consumption and increase
comfort with a constant supply of fresh air, controlled
living space ventilation with heat recovery was
implemented in the residents' rooms on the 1st to 4th
floor. For physiological reasons, a radiator was installed
in the living rooms (warm surfaces – cosiness).
The water in the individual residents' rooms is heated in
a decentralised manner by means of residential unit
transfer stations, through which the warm water is heated
using the continuous flow principle. The core of the
energy supply system, however, is the central buffer
storage unit. The buffer storage unit, with a volume of
approx. 35,000 litres, is integrated into the building and
is implemented as special layer storage with a diameter
of 2 m and a total height of 11.7 m. A new, innovative
path has been taken with the solar heat input into the
buffer storage unit. Here, a special internal 3-stage
smooth pipe heat exchanger with a total heat exchange
surface of approx. 128 m² is used instead of the usual
external plate heat exchanger.
As a result, this ensures the most efficient solar heat
input at every operating point in the solar energy system
with the lowest possible control complexity.

4 ART IN ARCHITECTURE
4.1 PERCEPTIONS: INTUITIVE AND HAPTIC
MOMENTS
4.1.1 MAIN STAIRCASE
Before the construction of the senior citizens' residence,
there was strong protesting in Hallein because a few
trees in the town park were cut down in order to make
space for a flood protection project and the new senior
citizens' residence building. The timber from these trees,
including a magnificent lime, has now consciously been
used by artist Peter Hartl for his work, with which he
wants to show an analogy between man and tree. At the
same time, selected trees from the park are returned to
the site in the form of an art project.

Figure 18: “fingerprint” (© Stefan Zenzmaier)

These boards make the symbolic analogy between man
and tree: from the roots on the ground floor through to
stem, the leaves and the flowers on the ascending floors
up to fruit on the top floor, equivalents in human life are
associated. The artistic designs were transferred onto
four centimetre thick boards, planed flat but still natural,
using a CNC milling machine, causing an interplay of
light and shadow. The boards are fitted into an exposed
concrete wall next to the two lift doors on the individual
floors so that they create the impression of an entrance –
the entrance to art.
4.1.2 CHAPEL
The glass surfaces reaching right to the floor on two
sides of the prayer room on the ground floor require a
privacy screen in order to outwardly shield the chapel
and create the possibility of a spiritual atmosphere. The
satinato films applied to the glass, with their frosted
glass effect are characterised by a motif which is
inspired by the nearby river and embankments. A wavy
line separates the natural pebbles lying under the water
from the man-made bricks. In order to enhance the
contrast effect, the pebbles are signified in a negative
shape while the bricks are signified in a positive shape.
The height of the privacy screen does not exceed 1.8
metres so that the Barmsteine, which dominate Hallein's
natural surroundings, still come into their own.

The theme of the symbolic correspondence between the
existence of plant and man extends from floor to floor
through the main staircase. A fingerprint in large
dimensions, reminiscent of the growth ring structure in
tree cross sections, is repeated as a slightly modified
basic form on five relief panels made from the
previously mentioned limewood. Slid over each basic
form is an open palm on which lies a board which can be
construed as a photo, which speaks to the beholder.
Figure 19: oratory (© Dietmar Tollerian)
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4.1.3 ROOM GROUPS AND THEIR SYMBOLS
The basic architectural idea of the new building is that
each group of rooms is seen as a communicative unit
whose residents can keep in close contact with one
another, to which end meeting places located between
the room groups are provided. In addition, there are 9
"touch boards" on each of the four floors which are each
intended for a block of 3 to 5 rooms. The motifs, carved
from maple, beech or limewood, are often presented as
sections and leave plenty of room for interpretation.

works to be shown to great effect in the altered spatial
framework. Wotruba and Adlhart student Prähauser
designs predominantly religious themes with his clear
and sometimes powerful form elements.

Figure 22: honour the old (© Stefan Zenzmaier)

Figure 20: touch board (© Stefan Zenzmaier)

Figure 21: touch board with hand (© Stefan Zenzmaier)

Some motifs refer to historically significant parts of
Hallein's history – from the Celts through the prince
archbishops to the beginning of industrialisation; other
motives a entirely fictitious or allow humour to come
into play.
The basic idea of the touch boards is to grasp the world
in the truest sense of the word – what is normally
forbidden in a museum is put straight on the agenda in
this residence: touching and tracing the forms created by
the artist is intended and desired, and can contribute to
identification of a room group!
4.2 HONOUR THE OLD
The transfer of the wood carvings by Bernhard Prähauser
on the theme of "honour the old" (created in 1966) from
the old retirement home to the new one allows these

Three larger than life figures which turn their gaze on the
observer appear under the lettering "honour the old". All
three are holy figures whose works were characterised
by social commitment. On the left is the figure of Saint
Elizabeth of Hungary as a patron saint of the poor with
her attributes, a loaf of bread and a pitcher. She holds
flowers in her hands as a reference to the so-called
miracle of the roses which occurred when she was taking
a loaf of bread, wrapped in a cloth, to the poor and needy
and her strict husband, adverse to such donations, asked
her to open the cloth: there were roses inside instead of
bread.
The centre figure portrays Saint Barbara, the patron saint
of miners and everyone under threat of a sudden death.
The tower next to her head is a reminder of the legend
that Barbara's father locked her in a tower in order to
keep her away from Christendom. This didn't work,
however, as signified by the chalice with the wafer.
The third figure shows Saint Martin who gave a poor,
naked man half of his cloak to warm himself.
By the way, there is the touching situation that the
creator of this relief group, Bernhard Prähauser, as the
inhabitant of a neighbouring house, passes his work,
which gives him particular honour with the artistic
thematic development of charity, on his way to the
dining room in the new residence every day.
4.3 TRANSFORMATION OF AN IMAGE
A wall panel with a long image was planned for above
the bench in the dining room of the new senior citizens'
residence. A suitable subject which took inspiration from
the location, the town and the people was sought for this.
The panorama of the town of Hallein by Anton Eggl,
located in the meeting room of the Hallein town hall,
was chosen – but not in its original form; it was
integrated into the historic wood-panelled walls in
sections.
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Stefan Zenzmaier photographed the original and joined
the individual images together into one long textile
panorama image.
4.4 THE PANORAMA OF THE TOWN OF
HALLEIN BY ANTON EGGL
The landscape image was created by Hallein-based
painter Anton Eggl and was originally a painting, a socalled panorama, which shows a 360° view of
Tennengau and Hallein with its surroundings. While the
original installation site and even the commissioner of
the Hallein panorama are unknown, it is possible,
through the photographic reconstruction, to define the
location of the painter: Wiesprach castle, situated on the
edge of Oberalm, is the centre of the image and the
location of the painter. Located centrally between the
protected forest and Adneter Riedl, the entire Tennengau
unfurls. The slightly distanced and elevated location
provides a perfect view of the town of Hallein: the
Almbach in the foreground with the strung-out, chestnutlined eastern edge of the Pernerinsel and the Hallein old
town with tower of the town hall, the parish church and
the Augustinian monastery on Georgsberg behind it. The
mountain panorama, Dürrnberg with the church of
pilgrimage, the still completely forested Zinkenkogel
and the mighty Göll mountain range stretch behind it
like a theatre backdrop. The hills and mountains which
make up the Salzach valley in Tennengau adjoin to the
right and left, or to the east and west; the other towns of
the Tennengau with their church towers standing out lie
bedded into the landscape. Individual distinctive
buildings such as – from east to west – the former iron
works at the entrance to the Wies valley, Haunsberg
castle, the Oberalm church with its baroque pinnacle,
Kalsperg castle and, located right between the Salzach
and the protected forest, the Kaltenhausen brewery at the
foot of the Barmsteine, allow the location to be
determined and accompany the beholder through the
image.

5 DATES AND FACTS
Building

Hallein senior
citizens' residence
Pernerweg 2
5400 Hallein
EU-wide competition
03/2008 - 08/2008
1st prize
Planning
01/2009 - 05/2013
Construction period
03/2012 - 10/2013
Construction costs, real estate EUR 16.5 million
Construction costs, movables
EUR 3.2 million
Plot area
8,224 m²
Area built on
2,093 m²
Total floor area
10,218 m²
Total usable space
8,513 m²
Usable space eligible for funding 8,076 m²
Developed space, below ground 2,665 m²
Developed space, above ground 31,676 m³
Number of rooms / beds
136 / 144
(128 single rooms
and 8 double rooms)

LEKT value
Heating demand
Heating energy requirement
Thermal solar energy system
How water buffer storage
Annual solar yield

17.7
10.5 kWh/m²a
35.0 kWh/m²a
310 m²
35,000 litres
110 MWh [1]

6 CONCLUSIONS
In accordance with Salzburg's construction laws (before
the introduction of the OIB [Austrian Institute of
Construction Engineering] guidelines), a building class 5
structure using timber construction only became possible
with a special permit. An ingenious fire protection
concept allowed a sprinkler system, not desired by the
clients, to be left out.
The senior citizens' residence, in its standard, shows a
successful example of what is possible with residential
building funds with the right level of commitment.
Careful consideration was given to the emphasis on the
residential character in the atmospheric appearance of
the rooms. An institutional character was to be avoided.
It was very important for the planners to create a variety
of zones between privacy and the public sphere despite
the size of the building.
Of course, the hybrid construction has its vagaries –
particular care should be taken in the connection or
transition between modular timber construction and solid
construction.
Overall, the modular construction was able to
demonstrate a large number of advantages, from the
sampling of a module through to the short construction
time and exactness of the implementation. The possible
proposed subsequent use of the modules at the end of the
actual use of the building will only be shown in the
future.
For future buildings, consideration should be given to
likewise prefabricating the household components in
units since their installation takes up a lot of time.
The decision to rebuild the structure in this location
despite the higher cost is one of appreciation, vision and
social competence. The proximity to the centre of the
town, the river and the park has proven to be a
significant benefit for residents, employees and doctors,
as well as visitors. Honour the old is thus more than just
a phrase, a sculpture in the residence, it is truly
implemented.

ACKNOWLEDGEMENT

Thanks go to the clients – in particular, as their
representative, to ret. mayor Christian Stöckl.
Thanks go to everybody who worked on the project in
planning and implementation.
Thanks go to the organisers of WCTE 2016 for
presenting this successful work to the general public.

REFERENCES

[1] sps÷architekten zt gmbh: Seniorenwohnhaus Hallein
[Hallein senior citizens' residence]. Published in-house,
2013

WCTE 2016 e-book | 5950

WCTE 2016

World Conference on
Timber Engineering
August 22-25, 2016 | Vienna, Austria

The Kampa Building Innovation Center - a high-rise ‘real timber’ building
Stefan Winter1, Josef Haas2
ABSTRACT: The document provides the presentation of the Kampa Building Innovation Center in Aalen/Germany.
The 7-storey high-rise building is, for the time being, the purest timber building of this type in Germany. The complete
loadbearing structure is constructed from massive timber (CLT, glulam) and also staircase-, elevator- and HVAC-shafts
are made from CLT. Only the stairs and stair landings are concrete. The fire resistance is designed to 90 minutes. In
addition, the building is extremely energy-efficient, equipped with photovoltaic, heat absorber walls, an ice-reservoir
and effective heat exchange ventilation which leads to a Zero- to Plus-Energy Building. The building is equipped with
innovative, prefabricated HVAC - ceiling-panels containing all heating, ventilation and lighting installations.
KEYWORDS: High-rise timber building, energy-efficiency, massive-timber structure, fire-safety, prefabricated HVAC
ceiling-panels

1 INTRODUCTION 123
The Kampa GmbH - one of the leading prefabricated
housing companies in Germany - decided to build a new
main office building in Baden-Württemberg, a state in
the south-west of Germany. The building site is directly
located at highway A7, one of the large north-south
connections in Germany, near the city of Aalen.
As Kampa structures are based on timber framing, of
course the main construction material should be timber
to support the ‘corporate identity’ and to demonstrate the
potential of timber structures.
Based on the architectural design of Florian Nagler
Architekten
GmbH,
Munich,
Germany,
an
interdisciplinary team developed the building to meet the
following criteria:
• representative landmark
• pure timber structure as far as possible
• flexible layout for office and exhibition
purposes
• top floor appartment ‘test-living’ area
• advanced energy-efficiency
• industrialised prefabrication incl. HVAC
• minimised time of erection
Figure 1 shows the draft of a typical floor plan with the
staircase, the floor area - used as distribution area for
traffic and installations, the division by two fire- and
smoke separation walls and the flexible use layouts. The
total net floor area (excl. basement) is 3,052 m2. The

1

Stefan Winter, bauart Konstruktions GmbH&Co KG,
winter@bauart-konstruktion.de ,
2
Josef Haas, Kampa GmbH, josef.haas@kampa.de

amount of timber used is 1,350 m3 - grown in Germanys
sustainable forests in 12 minutes.

Figure 1: Floor plan layout of a regular storey, level of upper
floor is 21.95 m

Figure 2 shows the finalised building, in front of an
additional house for exhibitions and customer support.

Figure 2: West view of the building

The erection of the timber building until completion
lasted only 6 months, starting from the concrete ceiling
of the basement. Life Cycle Assessment (LCA) shows a
saving of 990 t CO2-emission.
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2 TIMBER STRUCTURE

2.5 – 3.2 m

12.0 – 13.5 m

The main structural materials used are glulam for
columns and girders and CLT for floors, stiffening walls
and the shaft walls. The principle structure is a glulam
skeleton with a flexible span of the CLT ceiling and
space of the columns, see figure 3.

into account the soil conditions according to the
European standard for earthquake design EN 1998 only
design features have to be taken into account. All
stiffening CLT walls and the CLT floor panels are
mainly connected by fully threaded screws, mounted
normally in a 45° direction to surfaces.

Figure 3: Flexible depth and length of the building layout and
distances of columns

Figure 5: Connection of glulam columns and girder supports

Figure 4 displays the skeleton structure during erection.

Figure 4: Loadbearing skeleton structure

The connection of the columns is designed to enable
direct contact of timber parallel to grain (end-grain to
end-grain), the girders rest on cut out supports (figure 5).
Avoiding any timber under compression perpendicular to
grain helps to minimize the vertical deformation of the
building which otherwise leads to differences in the
dimensions between the shafts and floors.
The same principle is followed in detailing the vertical
connection of the loadbearing CLT walls - see figure 6.
The horizontal loadbearing elements are the staircase
shafts and the CLT outer and inner walls together with
the CLT floor panels. The maximum characteristic wind
load is wc = 0.62 kN/m2 windward and wt = 0.38 kN/m2
leeward. The calculated deformations under wind load
are between v = h/600 - h/500. At the place of erection
only low earthquake-loads have to be taken into account,
which, fortunately, is not a big issue in Germany. Taking

Figure 6: Loadbearing CLT wall - floor support. 1 - tongue
and groove joint, foreign tongue out of plywood; 2 - fully
threaded screws; 3 - gypsum plasterboard; 4 -loadbearing
sound insulation; 5 - strip of mineral wool

In the Kampa K8 building in opposite to most of the
other nearly high-rise timber buildings in Germany, no
timber concrete composites for the floors are used.
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The reasons for this are to avoid problems in the building
process, speed up erection time and to minimize
necessary time for dry-out of in-built moisture.
Based on experiences with other forerunner projects, the
client and the planner team also wanted to avoid
staircase- and elevator shafts out of concrete to be able to
erect the structure storey-by-storey with one team on
site. If concrete shafts are built in advance of the timber
structure, differences in precision of sizes are crucial
(timber elements are nowadays the most accurate
structures with deviations of only few millimetres) and
additional efforts are necessary to secure safety at work,
e.g. two times erection of scaffolds. Attempts to
assemble concrete shafts and timber structure at the same
time were also misleading in the past, as necessary times
to finalize the work was differing between the materials
and therefore crane capacities are insufficient or simply
geometrical frictions hinder the erection of the timber
structure.

Figure 8: Impact sound insulated support of concrete stair
landings - CLT (brown) and concrete (green)

Therefore, a CLT-structure in combination with
prefabricated concrete stairs and landings was
developed.
Special attention was given to the connection between
the concrete and CLT parts of the stair case structure to
ensure not only loadbearing capacity but also fire safety
and noise insulation. The shafts are part of the horizontal
loadbearing system.
The staircase structure is given in figure 7, details in
figure 8.

Figure 9: Stair landing, ready for installation

During the design period it was discovered that an
additional advantage could be created, if the elevator
shaft is produced three storeys high, using the available
maximum sizes of the CLT panels. This gives an
additional boost to erection effectiveness (figure 10).

Figure 7: Structure of staircase - CLT (brown) and concrete
(green)
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Figure 12: Mounting of external walls

3 PREFABRICATED SEALING PANELS
Special investigations were set up to develop a system to
enable a high rate of building-services prefabrication.
Finally, it was decided to produce ‘ceiling-sail’ elements
including ventilation, lighting, heating equipment and
acoustic panel as sound absorber.
Figure 13 shows prefabricated ceiling elements off-site
and figures 14 and 15 the mounting on-site of the
multifunctional floor elements.

Figure 10: Three storey elevator shaft

The external, non- loadbearing wall elements with Uvalues around 0.1 W/m²K were also prefabricated offsite including the wooden facade (figures 11 and 12).

Figure 13: Prefabrication of the ceiling elements off-site

Figure 11: Prefabrication of external wall elements

Figure 14: Mounting of multifunctional ceiling elements onsite from above...
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Figure 15: ...and below

The time needed for prefabrication was 3 hours per
piece, time for mounting and fixing was 30 minutes.
After installation of the prefabricated ceiling elements
the pre-cut CLT floor elements were placed on the
glulam girders. The HVAC installation was then
connected to the distribution area above the floor area,
covered finally by a reversible suspended ceiling (figure
17 and 18).

Figure 17: Floor area before....

The vertical distribution of building services is allocated
to two shafts with fire shutters on each floor level. The
shafts are also designed in CLT panels.
The complete floor area is free of installation, so all
installation is located in the suspended ceiling and,
therefore, easy to access if necessary.

Figure 16: Vertical shaft - cladded afterwards with gypsum
plasterboard at inner surface

Figure 18: ...and during installation of horizontal HVAC
distribution
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4 BUILDING PHYSICS AND FIRE
SAFETY
4.1 ENERGY-EFFICIENCY
The building is designed to an extended energyefficiency. It is equipped with photovoltaic, heatexchange ventilation (75 % recovery rate), heat
absorbers, heat pumps and an ‘ice/water-storage’ to
enable storage of heat energy gained in summer. The
level of insulation of walls, roof and windows
corresponds roughly to passive house levels (External
wall U = 0.1 W/m2K, windows Ug = 0.7 W/m2K, roof U
= 0.12 W/m2K). The buildings energy consumption is
permanently monitored.
The calculated end energy consumption of electricity of
the building is 15.1 kWh/m2a for heating, ventilation and
hot water, in total about 46,000 kWh/a. The photovoltaic
energy supply per year is estimated at 60,000 kWh/a and
a self-using percentage of about 53 %.
The electricity is used by conventional heat pump
equipment (Viessmann, figure 19) to produce hot water
and to fill the ‘ice/water-storage’ (figure 21) during
summer time. Energy is gained using absorbers (figure
20) to produce hot water and in addition with energy
recovered from cooling of the building in summertime
via the multifunctional ceiling elements.

Figure 21: Ice/water storage - underground concrete cylinder
with 685 m3 capacity

The energy-supply monitoring of the building started
immediately after start of use. Up to spring 2016, thanks
to the mild winter, the building could be classified as a
plus-energy-building, producing more energy than
consumed. The monitoring will be continued.
4.2 FIRE SAFETY
Fortunately, building regulations in Baden-Württemberg
are the most modern in Germany. It is allowed to build
such a building with 90 minutes fire resistance of all
loadbearing parts - also with normal combustible
materials like Glulam and CLT. Special investigations
were only necessary regarding the staircase- and elevator
shafts and the wooden facade.
As the staircase is the main rescue and fire-attack area it
is highly sensitive. Fire brigades expect a safe area, free
of any fire load. Therefore, the CLT is completely
covered with fire protective cladding with a K260 rating
according to EN 13501-2. Figure 22 shows a staircase
wall section with a fire resistance of REI 90 - M,
equivalent to a fire separation wall with additional
impact resistance. As mentioned before, stairs and
landings are made from concrete.

Figure 19: Conventional heat pump technology

Figure 20: Heat absorber on south side of the building

Figure 22: Cross section of staircase wall

WCTE 2016 e-book | 5956

The requirement for facades is, according to the building
regulation, ‘difficult - combustible’ (class C or better
according to EN 13501-2). This is a more or less vague
requirement only related to the material. The
performance requirement behind this is to avoid a selfsupported fire spread on the facade out of the initial fire
plume, e.g. caused by an indoor flash-over. As the
wooden facade out of colour-painted solid wood panels
is classified as ‘normal – combustible’ (class D
according EN 13501-2), special constructive measures
are necessary to provide an equivalent limitation of fire
distribution (figure 23 and see also figure 20).

Figure 23: Fire stops at every storey in the wooden facade

The building is not sprinklered but equipped with a dry
standpipe system in the staircases, a sufficient number of
fire extinguishers (due to workplace safety regulations)
and due to the two staircases with two independent
permanent escape routes (figure 24). In addition, the
building is accessible from all sides by the local fire
brigade. Neither inside nor outside fire retardants are
used.

Figure 24: Fire design floor plan

4.3 MOISTURE SAFETY
Even though the time of erection was very short, the
design and mounting of all windows, doors, glazing and
flashings were on time and made with a high accuracy.
Also, all installations inside are carried out with a high
degree of quality - it is moisture which is a short and

long term risk for timber buildings. Therefore, during
erection the complete floor area of each storey was
covered with a roof sealing (see figures 9 and 10) which
was finally cut out after finalizing installations. Also, in
detailing, attention was drawn to install a double safety
against water, e.g. by adding an additional sealing under
the window sills etc.

5 CONCLUSIONS
For the time being, the Kampa Building Innovation
Center is the purest high-rise timber building in
Germany. The possibility to build such a building was
supported by the revision of the Baden-Württemberg
building regulations. It is therefore a very good example
of the potential of timber buildings and an example that
sprinklers or fire retardants are not always necessary in
timber-concrete-composite structures. The building will
influence the further development of building regulations
in Germany by demonstrating the potential of timber
and, in addition, the further development of
prefabricating building services.
A final question may be asked: Does it make sense to
use such a high amount of timber for a building? Or isn’t
it better to use optimized structures with reduced
material use?
Of course, the high amount of massive timber is contrary
to the idea of material-effective construction. But
otherwise the material use of massive timber is a large
carbon storage, providing a CO2 - sink for the life time
of the structure with a minimum design life span of 50
years. Futhermore, massive timber has, as mentioned
above, advantages in fire design. So the question may be
reduced to, whether the amount of timber to build these
types of buildings is sustainably available. The answer is
given by Wegner in [2]: In Germany the new amount of
dwellings is about 100 mio. m3 per year with a net floor
area of about 31 mio. m2 per year. If it would be built
from wood an amount of about 0,08 m3 timber / m3 is
used. In addition, 190 mio. m3 of other buildings like
offices, schools etc. are built with a mean material use of
approximately 0.05 m3 timber / m3. This means: Less
than one third of the total German timber harvest of 70
mio. m3/a would be sufficient to build the complete new
building stock of Germany in timber - every year!
There is no need to save timber, there is a need to use it!
And there is a need to use it also in visible installations
as the provided indoor environment supports the wellbeing of users and visitors to a high extent.
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THE WOODEN PARISH CHURCH IN GALLSPACH: TOPOGRAPHICAL
REFERENCE AND TRADITION BEYOND MATERIALITY
Ernst Beneder,1 Anja Fischer2
ABSTRACT: The church in Gallspach (Upper Austria), a market town with 2800 inhabitants, was rebuilt. It is unusual
in “village” surroundings to redefine not only a spiritual place but simply its “centre”.
The striking form as much as the sympathetic impression of its execution as a wooden construction contributed
decisively to the acceptance of this major transformation of one of the residents’ familiar places that is so important to
the village identity.
The extreme topographical location, however, provides no formal, typological or “stylistic” model for the new church.
It is the specific place as such that requires its essence from the new building: its pathways, its spaces, its centre.
KEYWORDS: regional identity, wooden church, topographical reference

1 INTRODUCTION 123
For the reconstruction of the parish church of Gallspach
the old church, whose foundation walls date from the
Middle Ages, was largely demolished. Preserved parts
like the tower having been kept are used in the context of
the newly defined complex that can hardly be related to a
certain typological category.
The new construction interprets the special topographical
situation at the foot of the church hill and draws the new
church space closer to the centre of the village.

A wooden, ring-like construction following the slope
links the old and the new components and features an
inner courtyard as a new offer of public space.
The project development and realisation resulted on the
close interaction between urban planning, architecture,
nature conservation (a nature monument is on the site),
archaeology, building research, monument conservation,
restoration, surveying, structural engineering, art and
interior design, lighting and media technology, acoustics,
as well as the material and processing technologies in
reinforced concrete, wood, glass and steel construction
as much as that of natural stone work.
The project was selected in an architectural competition
in 2003 and was built within just nine months in 2005.
Immediately after the competition the project was
extensively presented to the public opening up a forum
of participation, both on the level of the religious and
political community.
In most cases the church in a village, its familiar
appearance like the silhuette of the tower, is still a major
landmark. As such it is a sign of identification beyond
confessional limits. It may be seen in an ambiguous way
in between touristic marketing and as a site of historical
traces, personal memories, the same offering openness to
those who just look for a place to share with others.

Figure 1: Courtyard on the upper level with the towering
volume of the chapel below.
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2 TOPOGRAPHICAL REFERENCE
The following conditions have been crucial to shape the
whole complex into its currant form and volumetric
composition:
- History and conservation
- Urban context and the topography of the site
- The sequence of spaces: functional relation and
meaning
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2.1. HISTORY AND CONSERVATION
Gallspach is a market village with 2800 inhabitants
located amidst broad farmlands in Upper Austria.
Mentioned already in 1108 for the first time, its own
parish was established later in 1343. There are historical
images as that of Georg M. Vischer (dated 1674), or a
document with the precise outline of the site in the map
found in the Franziszeischer Kathaster from 1820.
In its basic substance the structure is still of late Gothic
origin, which was refurbished frequently as it was in the
17th. and 19th. century. The church was surrounded by
the cemetery of the village, which can be dated as far
back as the founding of the parish. The historical views
show a wall around it still in the 18th century. In 1771
and 1779 the cemetery was such filled that it was after
all abandoned and relocated to the edge of the village.

At that time many churches have been enlarged to offer
space to a growing communities. At least this hope
followed the breakup after Vatican II. However,
although the church was given free to be pulled down
and rebuild, some parts like the tower and the vaulted
apse had to be kept for conservational reasons. And even
more the tower had to keep up its connection with
whatever was intended to be built anew, avoiding the
impression of a free standing “campanile”.
2.2. URBAN CONTEXT AND SITE TOPOGRAPHY
The hill with the church and the historical cemetery is
slightly aside the market place of the village and even
more situated upwards the slope, since it served foremost
as a chapel of the nobility living nearby in castle. Owned
only by one family it may have been kept quite modest
through all the centuries.

Now it was a major concern to protect the historical
cemetery from any kind of obstruction by the building
measurements and to keep the cemetery grounds void
and as far as possible untouched. However on its edge it
was unavoidable to reach the horizons of the tombs.
There in a area of 75 m2 not less than 163 skeletons had
to been saved even the excavations have not gone deeper
than 0,60 m down to 1,70 m. Below the tombs remains
of a metal workshop was found, which probably was part
of the medieval construction site. All the findings were
investigated and documented before construction started
by the archaeologists, historians and forensic doctors.
The first building on the site was a chapel since 1343,
which has been enlarged in various construction phases.
The roof was flat, constructed in a simple timber ceiling.
The first vaults have been introduced when the interior
was adapted to Baroque style in the 18th century. Later
and still up to the recent transformations it was covered
by a flat and fragile vaulting made of reed and stucco.
This ceiling was in such bad condition, that already in
1980 the idea of restoring and keeping it was given up.

Figure 3: Gallspach: Areal view of the church, nearby the
market square and the water castle.

Now the community of today primarily wished their
church to be shifted down the hill to the public space in
the village, possible to enter directly on the same level as
that of the market street. This means to accept a certain
distance to the existing building, as well as a shift of the
ground level of approximately 6 m in height. Not at least
there it meets the site of a monumental chestnut tree,
which is said to exist since Napoleon’s times. Of course,
this tree is next to the historical building one of the
significant landmarks of the site.
The site itself is delineated by the course of the market
street and its side-ways following steeply up the hill,
giving an irregular polygon as the outline to the plot.

Figure 2: The church before its conversion on top of the slope,
plaster ceiling of the nave (section)

Now a ring-shaped structure erected on an elliptical base
encloses this entire church hill. Built on radiating larchwood frames ascending the slope, it goes through the
apse of the old church and the tower and comes back
into the church space with the choir staircase space.
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The centre of the compound contains a quiet inner
churchyard. Beneath it the church space extends from
the surrounding contour in a cylindrically high-rising
and in its upper part freestanding weekday chapel.
Massive and penetrated by reinforced concrete side
arms, this component anchors the intermediate level,
which again bears the wooden construction placed on it.

This part is used as the funeral parlour, whereas within
the ambulatory the “stations of the cross”, 14 sculptures
cast in bronze, are set. Following around the path itself
opens and closes its cycle in the interior of the church.

Figure 4: Entrance (lower) level: Nave and weekday chapel,
main and side entrance as the starting and closing points of the
ambulatory circumscribing the courtyard.
Figure 3: Gallspach, site plan

The church provides 280 seats, the weekday chapel 40
more. Both sacred rooms can be separated from each
other by translucent sliding elements and combined into
one space.
The project is developed on two levels. The lower level
is the same as given with the market streets, the upper
one is equal with that of the old church.
The structure that circumscribes the complete area
follows with steps and platforms the incline of the slope,
giving access to intermediate levels in the courtyard or
even within the church. It lines up all those building
parts that have been kept from the old historical
compound, such as the tower and the apse. Along the
“stations of the cross”, follow this covered ambulatory
on the intermediate platforms of the stairs.
Finally the courtyard, which represents the old and 200
years earlier abandoned cemetery, is linked with the
surrounding streets and walkways by the surrounding
structure, its space giving frames, shelter and accesses.
As such it leaves a diagrammatic impression of the site,
ambiguous in its demarcation and at the same time
anchored at the massive volume of the old tower. Both
the courtyard and the covered ambulatory are the offer of
public space, both introverted as a place of silence and at
the same time a hub in the network of public walkways.
The geometric outline of the volume follows an elliptical
base circumscribing the exterior. The interior line, also
along an ellipse, while on the same main axis, is shifted
along the axis backwards, opening up the in between
volume as the new space of the church on the lower side
and providing a huge cantilevering roof in the gap in
between the tower and the remaining apse of the old
church on the upper level.

Figure 5: Courtyard (upper) level: tower and funeral parlour
in the former apse of the historical church with the ambulatory
connecting interior and exterior spaces.

Figure 6: Section North – South through the cylindrical
volume of the weekday chapel and the nave with its centre
around the altar.
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2.3. THE SEQUENCE OF SPACE: MEANING
AND FUNCTIONAL RELATION
The main nave is enclosed by a massive (on an elliptic
line) base, focused towards its centre, where the space
opens to the vertically uprising cylindrical volume of the
weekday’s chapel. The top part of it is the highest part of
the new structure and rises as a freestanding volume in
the centre of the courtyard one level above.
Solid and superposed with free spanning concrete slabs
this part takes all the load of the cantilevering platform,
which herself takes all that of the timber construction on
top of it.
Both the spaces, the nave and the chapel can be linked
and separated by movable translucent sliding glass
panels, offering a large variety of spatial constellations.
In all that the altar and the accompanying liturgical sites
are the focal points of anchor and orientation. As such
they can be used in both directions – towards the main
space and also towards the chapel.

Figure 8: Intersection of the nave with the volume of the
weekday chapel. Openings for indirect day light.

3 CONSTRUCTION
The wooden construction is built on a massive core of
reinforced concrete. This consists of the foundation raft,
the slope-retaining wall, the cylindrical body of the
chapel and the ceiling board projecting above the
supporting wall towards the church space. This
projection of up to 8 m is accomplished with reinforced
concrete casing. The beam in the area of the widest
projection is the highest and is built in pairs. Through the
gap between this load-bearing pair, light reaches the
central area with the altar and the ambo. In the courtyard
the flat side casings are formed as benches. As early as
in the preliminary measurement, this supporting
framework was modelled three-dimensionally and was
calculated according to the finite element method.

Figure 7: Interior of the church with the cantilevering platform
on the courtyard level supporting the wooden construction.
Translucent sliding doors close the weekday chapel.

Spatial – and maybe spiritual – impact or meaning by its
connotation is thus given in the impact of space and
volume themselves, the hierarchy of spatial relations and
meaningful placement, yet not at all in any kind of
narrative depiction or mere application of artwork.
The benches follow the base line concentrically offering
240 seats and 40 more in the chapel. However the
furniture in the chapel is movable and by that way open
for any kind of multipurpose use in various contexts. In
its emptiness it has a meditative character. Daylight is
falling in through a vertical slit like within a sundial.
Still within the main space of the nave the stairway of
the outer ambulatory arrives with the final stations of the
cross. There the higher platforms are opening up to a
widened flight of stairs leading to the central space aside
the altar. This broad stairs offer a proper location for
musicians like the choir or even a small orchestra.
Behind these stairs is the sacristy, side-rooms for
storage, toilets and the side entrance.

Figure 9: Construction during summer 2005. The wooden
frames were set on top of the solid base within a period of four
weeks. The total construction time was less than nine months.

The intersection from a massive building to a skeletal
wood and glass construction required the utmost
precision in the formwork construction. The elliptically
stretched panels were produced under constant geodesic
monitoring with deviations of max. 5 mm. In this way
glass and wood components could be pre-ordered
according to plan.
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they meet various, significantly different challenges
according to the various geometric constellations.
All surfaces of the constructive elements are uncovered
and kept visible. For that reason they had to be handled
carefully.
The wooden construction was done within four weeks.
From the ground breaking to the consecration it took
nine months and ten days.

Figure 10: 88 Radial frames of posts and beams 08/65
(exterior) and 12/65 (interior), horizontal crossbeams and
cross-bracings

Figure 12: Courtyard with the remaining part of the historical
church, now used as the community’s funeral parlour. The
open ambulatory widens up and covers the entrance for
ceremonial purposes.

Data:
Completion: August 2003
Beginning of construction: March 2005
Completion: December 2005
Floor area, church: 609 m2
Floor area, funeral parlour: 113 m2
Floor area, ambulatory: 352 m2
Seats: Nave: 240, Chapel: 40
Material:

Figure 11: The opening to the public space in front of the main
entrance with the first station of the 14 “Stations of the Cross”,
in the background the remaining historical church tower.

The laminated timber frames are connected in a forcelocking way with the slanted roof. Here, the geometry of
the structural shell accommodates the bracing of the
plate. This is connected with the massive building parts
of the former building and is relaxed on the free side
with V-shaped tension elements. At the edge, a
“compressed ring” balances the load distribution and at
the same time effects the vertical bonding at the barge
board.
The dimension of the posts and beams is 8/65 in the
exterior case, and 12/65 in the interior. In this proportion

Wood:
construction: glued laminated larch wood
Natural stone:
Wall cladding: Gollinger conglomerate
Floor inside: Porfirico Noce (marble)
Floor outside: porphyry and quartzite
Roof cover: granite
Glass:
Visible underside of the chapel ceiling: compound glass
with “Spectrum Blau” colouring in blue
Church wall-end glass: insulation glass combining float
glass with rough-cast glass
Furniture and benches:
massive and veneered larch wood
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4 ART WORK
The tabernacle and altar are at the fulcrum of the spatial
composition. From a cast with the construction materials
– natural stone such as Gollinger Conglomerate, roughcast glass and larch wood – representational references
in the space take second place to the light and pathway
conception. Liturgical elements such as the altar and the
ambo are an integral part of the architectural topography.
The altar itself is massively executed in natural stone.
Several levels of meaning are aligned in vertical layers
(conglomerate as massive pedestal, and stone plate from
the previous altar and a bronze plate corresponding to
the stations of the cross). A layer of bar-shaped stone
blocks (twelve stones of different provenience) arranged
one after the other is a reference to the Last Supper scene
with the twelve Apostles. The middle remains empty in
the form of a cross. A layer of “Spectrum blau” glass
like that on the visible underside of the chapel separates
the mensa as the topmost layer (in Porfirico Noce like
the floor) from the pedestal.
Figure 14: The platform in between the tower and the funeral
parlour.

often sought to express the sacred in a free, uncommitted
and deliberately cryptic form.
After the period of Historicism in the 19th century and
the Modernist movement that followed, the question for
the sacred became rather subjective, not at least with the
background of and the connection with abstract art. This
is particularly true if one ascribes to the iconography of a
religious community a kind of “internal objectivity” in
its manner of contemplation and interpretation, in other
words an understanding within a closed system.
Figure 13: View from the platform along the staircase at the
side entrance, where the ambulatory around the courtyard
finds back to the interior of the church.

5 THE CONNOTATION OF THE
SACRED
In the topographically extreme situation there is no role
model for the new church in the sense of typology or
style, as it has been so in the history of architecture. It is
after all the site as such, which gives the new volumes
their forms and shapes, tracked down to the essence of
what has been intended.
The history of art is reflected in sacred architecture,
described and followed in styles, both innovative and
normative. Historically churches were part of a formal
canon, providing the connotation of the sacred as such
and the meaning of liturgically places in accordance with
the teaching ministry of the church. As signifiers they
were clearly understandable to a community of believers
who had indeed been taught how to interpret them.
Whereas their designers conformed to a certain style of
construction, architectural Modernists – more recently
also in response to the challenge of secularisation – have

Figure 15: The church complex in the context of the market
square. The chestnut tree is taken in into the volumetric
composition at the main entrance.

Keeping in mind the ritual of the liturgy, and in equal
measure, its background in the imaginary and narratives
of the message that is imparted, examples like that of the
new church in Gallspach are rooted not in the symbolic
but in topographical references, even closely related to
the religious practice. The design consequently does not
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follow a certain formal model. In the end it is the product
of the given circumstances and the conceptions of the
community – finally places and spaces the individual can
adopt personally, whether as a seeking and doubting or a
faithfully believing member of a community, which
trusts in itself and offers space, be it wide and unlimited
or inviting or a space of a protective retreat.

Figure 17: Chapel with closed sliding doors towards the nave,
crossed by the concrete cantilever.

6 TRADITION BEYOND
MATERIALITY

Figure 16: Spatial superposition of the solid base and the
circumscribing wooden part, combining all particular elements
and levels.

The architectonic interventions of this project firstly
clarify the conditions of the site, and this primarily in a
functional way, as long as the requirements are taken as
given to be served the best way possible. Throughout
function is paramount in the provision of spaces and
places that are intended to the observance of ceremony.
Not at least liturgy has also a secular aspect in its
dramaturgy and stage setting. However there is intensity
in the reduction down to essential elements offering an
approach to the sacred or the transcendental for those
who are suitably prepared. More trimming down would
not be possible. Materialisation is plainly evident in pure
wood, stone or raw glass.
As a consequence the forms and shapes delineate a
sacred landscape without placing any narrative symbols
in the foreground or even its centres. Thus the primary
feature of the church is its space: for the person looking
for it, it maybe even a personal space. The interpretation
is left to those entering this sphere. It is a public one, one
of potential, yet for the unforeseen, thus it is of “open”
character. The openness relates to fundamental sensory
perceptions, whose complexity and evocative power will
be increasingly unfolded the deeper the constituents of
space are discovered.

Can “the Modern” as a movement be classified at all as a
historical epoch? Or, if accepted as a meta-historical
impetus for doubting and making things better, doesn’t it
light up in hidden moments, as a progress of some work,
in a clear wording of an up to that point new idea, simply
as such an experience, but by no means a phrase, which
in order to convince has to stick to the use of the already
rehearsed rules of speech, immediately falling into
mannerism. Thus modern and mannered as polar
categories might be tracked down in each discipline,
time and within each piece of work or art.
Obviously we do not succeed to escape the formal bias,
do not have the innocent approach to symbols any more.
Mostly it is the contradiction, the "difficult" that gives
the challenge to respond and then in correspondence the
self-evidence of architecture. This concerns to the
vernacular architecture as well as to the prominent. We
can trace the conditioning elements not so much in the
state of anticipation, but already in wording and
depicting the problem, in the confrontation with the
pretext, the demands, the limits, the site, the political and
social constraints, shortly to all this, which makes a
certain challenge unique and unrepeatable.
This may be even in the consciously sought increasing
the degree of difficulty. Only to find a solution to one's
best that seems to be in its simplicity and its "cannot-beelse-ness" an unique achievement - free of any
formalistic or stylistic attitude, just the particular
resolution, in this way purified, resembling itself.
As Frank Lloyd Wright did so in a moment of high spirit
at the house “Falling Water”, putting the house atop the
waterfall, instead of framing the creek in the living
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room’s window. The result is not so different to that of
vernacular architecture making the most of space in
seemingly impossible and thus affordable sites, there
where living conditions are poor. In both cases the
houses explain themselves by nothing more then what
they are.

this third dimension of form equally, and not without an
additional tragic implication, binds the writer to his
society; finally to convey the fact that there is no
literature without an ethic of language. “ [2].
Thus the topography and the historical heritage, like
environmental significance, the skills of crafts available
or material nearby remain as the parameters. It makes us
find underlying meanings that enable us to track down
metaphors, which are hidden in the pretext. Such
metaphors may be ever present, but in forms, that do not
represent, devoid of any formal motifs [3].

Figure 18: Demanding sites: vernacular riverside houses
(16.cent.) in Waidhofen/Ybbs and House “Falling Water” by
Frank Lloyd Wright in Bear Run, Pennsylvania

Ironically and tricky, a problem may be first provoked in
a mannered, and then, resolved in a "modern" way. By
this the architectural object finds its way to time-andplaceless coherence and will neither be reviewed as
eastern, western, mannered, classic or modern. In a
different aspect, as Kenneth Frampton argued his
“regional” legitimation, there are those intervals, left
over, maybe useless already to the pragmatist, which still
can be used for working with. However they afford
innovation and the discovery of a new and now personal
understanding of the site and the region, an approach that
has no pre-cast image in advance [1].

Figure 20: The ambulatory encloses the courtyard like a
permeable membrane, defining a public space appearing the
same introverted and linked with the adjacent squares and
walkways.

7 CONCLUSIONS
Space and location are constantly recreating themselves,
overcoming what challenged them and brought them into
being, and in the spontaneous accessibility to the strange
as much as in the “obviousness” of its form of
expression. The practicality in the use of the construction
materials makes them take second place to the
conceptual intention, and their functional nature provides
the building elements with their significance as the
parameters that give those entering an open situation
,which anyone can appropriate for themselves. Wood as
a building material accommodates this intention. Even
beyond familiar form, the new church in Gallspach
creates a place of contemplation and identification.
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TOPIC: IMPLEMENTATION – PARIS / AQUALAGON-VILLAGE NATURE
/ COMPLEX WOOD STRUCTURAL DESIGN
Jean-Marc Weill 1
ABSTRACT: In the context of fitting out an holiday village at Marne-la-Vallée in Seine-et-Marne (France), “Les
Villages Nature du Val d’Europe” entrusted the construction of the aquatic complex to the architect Jacques Ferrier. In
Parallel we got the structural engineering design of the infrastructure and the superstructure of the buildings. it
comprises three separate entities: the water pavilion including swimming pools (110x80 m with a maximum height of
27 metres), the air pavilion including including a tower with a height of 17 meters “Pavillon de l’Air” and the outdoor
lagoon comprising pools creating a total bathing area of 2500 m2.
This document covers the analysis of the wood-steel accessible roof structure of the air pavilion and particularly the
presentation of the assumptions adopted for the roof design. As a general view the uniqueness of this so-called large
span structure is not to be a form-finding analysis with the very typical idea to find the best ratio between the volume of
material and the span. At the contrary the shape of the surface is simply a consequence of its accessibility as a
“promenade”. This situation has led to a very unusual level of complexity regarding the engineering design also
maximize by the use of a non-isotropic material such as wood.
KEYWORDS: Hybrid / Assembly / Humidity / Cross Laminated Timber

1 INTRODUCTION 123

Figure 1: Perspective of the project / JFA Architect

Figure 2: View on construction site
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In the context of fitting out an holiday village at Marnela-Vallée in Seine-et-Marne (France), “Les Villages
Nature du Val d’Europe” entrusted the construction of
the aquatic complex to the architect Jacques Ferrier. It
comprises three separate entities: the water pavilion
including swimming pools (110x80 m with a maximum
height of 27 metres), the air pavilion including including
a tower with a height of 17 meters “Pavillon de l’Air”
and the outdoor lagoon comprising pools creating a total
bathing area of 2500 m2. This document covers the
analysis of the wood-steel accessible roof structure of the
air pavilion and particularly the presentation of the
assumptions adopted for the roof design. As a general
view the uniqueness of this so-called large span structure
is not to be a form-finding design with the very typical
process to find the best ratio between the volume of
material and span. At the contrary the shape of the
surface is simply a consequence of its accessibility as a
“promenade”. This situation has led to a very unusual
level of complexity regarding the engineering design
also maximize by the use of a non-isotropic material
such as wood. The paper is broken down as follows:
- A- Design process assumptions
- B- Analysis of the stability
- C- Modelization and calculation.
- D- Innovation in wood connexions
- E- The Fire stability question
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3 DESCRIPTION DU DISPOSITIF
3.1 GEOMETRY AND ELEMENTS
Overall coverage of the water pavilion is an extension of
the walk to the lookout at the top of it. Accessible to
visitors, it consists of a succession of ramps and glass
walls of irregular shape.

Figure 3: Three dimensional ramp design of the roof.

Figure 4: Garden an ramp

The project roof is a wood marquee "resting" on the
surface to be covered. The marquee comprises a primary
structure, consisting of a radiating frame and a second
structure following the circumference of the main
structure, with the final result forming a random surface
structure following the extension of the access ramps to
the roof. On this hypothesis the primary structure is
designed as follows:
- Formed mixed joists and wood studs Glued
Laminated steel and triangulation forming a
serie of irregular truss beams. They are located
behind the glass surfaces.
→ Change heights : 60cm to 650cm
→ Amplitude of the spans : up to 28m
→ Section of horizontal members :
2x 150x400mm
→ Section of vertical members : 260x400mm

Figure 3: Axonometric of the truss beams

2 DESIGN PROCESS ASSUMPTIONS
This paper aims to suggest a view of the design process
based on the use of technology and structural
knowledge, and to propose a model for the inherent
architectural design method. The specific objectives are
broken down as follows:
-

How the differences between design objectives
and technological constraints (such as the
machine, the materials and the construction
process) affect the quality of the object itself?.

-

What principles on the use of technological
knowledge can be suggested
by this case
study?
Figure 5: Detail of the variation of geometry

WCTE 2016 e-book | 5968

The central core: central element of the project,
supporting a glass roof, the wooden ramp system and the
staircase of access to water slides.

Figure 6: View on construction site

-

Radial beams made of laminated wood glued
continuous floor-to the central core of the
pavilion. Visible from inside the Aqualon ,
these elements are located to the underside of
the cover. Continuity is performed on site with
steelwork connexion or at the factory by the
implementation of glued studs. They participate
in the stabilization process producing the
“shell” effect.
→ Number : 52
→ Maximum length: 45m
→ · Section : 26x90cm
The structure of the roof rests on wooden posts on the
front and on concrete High Performance column located
in and positioned by referring to the interior, that is to
say, randomly accordingly random supporting structure
of the roof.

Figure 9: Central core of the building

3.2 SHELL EFFECT
Outside the singular points, the transfer of vertical and
horizontal loads to the foundation is done by the
Association of the truss frame and the radial beams . The
combination of the radial structure and trusses confers
rigidity to the structure ( "shell effect") .

Figure 7: Axonometric of columns

Figure 8: View on construction site: the columns

Figure 10: Example of load transfer
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the truss beams, which were modelled using surface
elements.
4.2 INPUT FOR CALCULATION

The following elements were used as input for the
calculation model:
- Fibrous concrete posts: bi-articulated elements
which only absorb normal forces.
-

Truss beam upright and frames in glued
laminated timber: continuous or articulated bar
elements depending on the position. These
elements support the windows which mean that
the erecting tolerance of the curtain wall
becomes the reference for the wood structure.

-

Diagonal truss beams: steel tie rods.

-

Radial glued laminated timber: continuous
elements over one or several levels depending
on the position of the resting points. The
elements contribute to ensuring the stability of
the roof shape and supporting the ramp decks.
The calculation model incorporates the rigidity
of the assembly. The elements are assembled
with glued bolds.

-

Decks in cross laminated timber: the diaphragm
effects of the deck are modelled using
triangulations of wire elements in order to
analyse the behaviour of the structure.

-

Central drum: triangulated structure in glued
laminated timber and horizontal steel straps.

Figure 11: Study model by JFA Archutect

3.3 THERMAL DILATATION
Given its geometry the roof is designed without
expansion joints. It thus spans the infrastructure
expansion joints in reinforced concrete. This assumption
led to leave the free volume to expand out of its plane
under the action of heat loads in particular, by placing on
the ground floor façade pendulum columns for
horizontal expansion.
The facade of the Ground Floor is then designed to be
fixed to the primary framework and follow the
movements. At the rear of the building, the interface
with the concrete block is done by sliding support for not
curbing the expansion of the superstructure

Figure 12: The column connexion at the ground floor

3.4 MATERIAL
Wood has implemented the following mechanical
characteristics:
- Laminated Glued wood Class GL24H / GL28H
, according to the EN14080 standard NF.

4 MODELIZATION
4.1 OVERALL MODELLING
Modelling takes the form of a non-linear calculation
conducted using the Sofistik software application. The
entire roof structure was modelled using bar elements
with the exception of interlocking beams at some ends of

Figure 13: Three dimensional modelization

The horizontal bracing consists of a stepped diaphragm
comprising horizontal planes in cross laminated timber
panels and truss beams.
This stability plane is separated from the radial beams
loaded to ensure the stable shape of the structure.
Modelling is established on this basis. Horizontal forces
are mainly transferred via the vertical stability support
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structures located in the lower part of the first ring and in
the triangulated central drum. Vertical bracing is ensured
by stability support structures positioned in the pool side
of the façade and by the reinforced concrete structures
hosting the equipment for the overall structure.

The change in service class will increase strain in the
truss beams and their appropriateness for the dimensions
of the windows. The curtain wall recommended is
designed with stiffeners in glued laminated timber and
aluminium mullions structures.

Figure 14: Load transfer principle

4.3 WOOD SERVICE CLASS STRATEGY
The purpose of this chapter is to discuss the potential
impacts caused by the change in wood service class
(switch from class CS1 to class CS2 regarding Eurocode
recommendations). This discussion was asked, on a
conservative basis, by the Customer, regarding the
typical interior humidity of such a program even if it was
possible, from an analytical point of view, to retain the
CS1.

Figure 16: Window frame available joint

On a precautionary basis, the acceptable slope between
two vertical members of the truss beam is limited to 5
mm per window. In order to apprehend the strain which
the façade must absorb, we had to analyse two
successive states of the wood frame:
- the strain state of the truss beams before the
installation of the windows Uinst, Gmin
including the specific weight of the roof
complex and the earth removed.
→ This state will be our "reference point 0"
when calculating the impact of strain on
the windows.
→ final state Ufin, G+Q+N
The difference between the two states gives strain value
so called U3, which the façade must absorb throughout
the life of the building. The following method is used to
analyse each truss beam for the project:

Figure 15: Wood service class

The analysis had the following targets:
- Comparative analysis of stress variations in
wood/steel sections subsequent to the change of
service class.
-

-

Analysis of the compatibility of the width of the
windows and new strain in the truss beams
supporting the windows in view of assembly
slip and wood creep.
Modification of the execution order subsequent
to the change of class.

-

Determination of absolute displacement U3
next to each upright.

-

Determination of variation in gradient
subsequent to displacement next to each
upright.

-

Comparison of the gradient thus obtained with
the allowable gradient per type of window
length (1 m, 1.5 m, 2m, 2.5 m).

-

Punctual adaptation of the length of the
windows planned during the project stage
(reduction) on the basis of these results.
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5 FOCUS ON STRUCTURAL DESIGN
5.1 FIRE ANALYSIS

Figure 18: Fire scenario accepted by the client

Figure 17: Analysis of the slop of the truss beam regarding the
length of the window.

The main results obtained, on the basis of the model
created by the design team, are as follows:
- The switch to service class CS2 only has a very
moderate effect on forces in the building frame
components and does not modify the sizing of
the contract documents.
-

The switch to service class CS2 punctually
redistributes the lowering of loads between
resting points by 15% (on the basis of the
comparative
analysis
of
the
Project
management model). This value is substantially
lower than the global increase coefficient
integrated by the Company for the transmission
of lowering loads in order to integrate all
possible modifications.

-

The switch to service class CS2 and the
integration of assembly stiffness affects the
strain on truss beams, as expected. The width of
a few windows must be reduced in order to
globally comply with allowable rear structural
gaps, limited at 5 mm by the Company.

The modification inherent to switching to service class
CS2 aggravates the factor Kdef (strain coefficient
according to Eurocode 5). The coefficient is now 0.8
(versus the 0.6 initially planned for service class 1).

With reference to decks, the aim is to calculate the
resistance of the panel after removing the carbonated
thickness based on real fire analysis. The calculation was
developed with the laboratory Efectis on the basis of
scénari defined with the client. Efectis applied the
following method: Classify the structure into 3 subassemblies according to the following criteria:
- Thermal Flux < 3 kW/m² : no consequence on
Wood structure;
- 3 kW/m² < Flux < 8 kW/m² : the wood structure
must be calculated within a section reduced.
- Flux > 8 kW/m²: Risk of fire wood and fire
spread, if not acceptable => reinforcement /
protection / modification structure or operating
constraints to limit risk.

Figure 19: Typical transverse vertical cross section.
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5.2 ASSEMBLIES BY GLUED DOWELS
5.2.1 General principle
From a general point of view it includes :
- The transmission of forces between uprights
and radial beams by contact.

This device is intended for assembly embodiment in new
construction. The bonded stud system allows assembly
of elements wood structure between them and with other
structural elements. These assemblies can be subjected to
axial loads and / or transverse.
The resins used for injection and pasting wooden steel
rods are made on the same epoxy resin bi component
tradename Eponal 316 TH, distributed by the company
Bostik S.A. The manufacture beams and the sizing
operation are carried out exclusively at the factory.
The mechanical assembly of this type of performance is
established on the basis of characterization tests.
The studs are composed of a threaded rod, two nuts and
a centering system. They are treated as required by the
environment in which the implementation will be. For
the construction of Aqualagon threaded rods and nuts are
galvanized.

Figure 20: Axonometric of the assembly of the radial beams

Figure 22: Testing Process

5.2.2 Les assemblages par goujons collés
The assemblies by glued dowels concerns the assembly
of radial beams . They used to reconstruct the geometric
continuity of the assembled elements therefore like
broken beams.

Machining is composed of a bore for the introduction of
the threaded spindles, a countersink for the establishment
of a centering nut, and two vent holes for the injection of
the resin ( an injection hole and a degassing hole of
either side of the bore) .

Figure 23: Testing Process

5.3 CLT PANEL GRADIENTS
When preparing the working drawings, the design and
construction team suggested using KLH panel gradients
incorporated in the solid base. The slope shapes of KLH
panels in the solid base has no effect on the overall
design of the support panels for the roof set-up. The
panels, with a width of 240 cm, will have a 3% external
gradient, reducing the low point section to a thickness of
190 mm.

Figure 21: Site view and elevation of an assembly

WCTE 2016 e-book | 5973

-

- Assessing the moisture tolerance of
construction ( potential drying) ;
- By treating transient results with postprocessing model (eg for the development of
mold or algae, rot, corrosion ... ) .

The first element to be checked is the water content of
the wall in its entirety. If it increases significantly from
one year to the other, it means that the hydrothermal
transfers in the wall are not stable. The water content of
the wall could increase beyond the three years of
simulation and lead to significant condensation.
A wall, to be satisfactory, may not contain elements
whose relative humidity is above 98%, even in specific
locations of the wall. In effect the software tolerances
mean that beyond 98%, the risk of condensation may be
considered very likely.
Figure 24: Finite element analysis by KLH regarding the holes
in the panels

When justifying the panel, we have assumed a minimum
useful section with consideration of the upper and lower
folds in the direction of load bearing between radial
beams, i.e. 4 metres. The reduced section panel
considered for the calculation is equivalent to a 162 mm
panel (and not 190 mm) in order to correspond to the
DTA (Technical approval) for the product.
5.4 ROOF COMPLEX
In France the use of KLH panel as hedges is now limited
to a job on average humidity ( ie < 5 g of water per m3
of air ) . The use of the panel in medium to very high
humidity forced to perform calculations coupled
transfers of heat - moisture through the materials of the
roof system. The humidity and temperature conditions of
the various materials are obtained from calculations
made with the software “WUFI." which can
simultaneously simulate heat transfer, water vapor and
liquid wate .
The simulations were performed over a period of three
years to a room located in Trappes (78) in the Paris
region (the project being carried out at Marne-la- Vallée,
the nearest weather station including all data required
simulations is that of Trappes ) . Assuming a ventilated
air gap , it is considered very strongly ventilated ,
temperature and relative humidity are then identical to
those of the original atmosphere of the ventilation flows.
The air transfers are not included. The rain- movies or
vapor are considered continuous, without drilling holes .
The practical significance of the results can be
interpreted by different methods:
- Comparing the hydrothermal conditions
obtained with the specified limits
- By controlling the risk of moisture
accumulation. The evolution of the total water
content in the construction will be assessed by
comparing the value to the original that after a
cycle ;

Similarly, the water content of an element of the wall
containing biobased products may be occasionally (less
than 8 weeks per year) exceeds 23 mass% (this limit of
23% is based on work laboratory and on recognized and
successful experiences, taking into account the various
conditions of germination of spores). It should be noted
that the 8-week beyond 23% is unfavorable, even if
reached discontinuously. Periods beyond 23% lower
than a week will not be counted, not being long enough
to cause fungal growth.
The graph below shows the acceptability of a
constructive solution based on the elements outlined
above .

Figure 25: acceptability of a constructive solution

Another property influencing the behavior of moisture
biobased material is its ability to be able to contain both
free water and / or water related. Water is called bound
or hygroscopic when it is "restraint" chemically (
hydrogen bonds ) by the wood fibers . The water
molecules are then fixed in the material itself. The free
or capillary water, so liquid, appears in the wood when
the moisture content ( in mass% ) exceeds the saturation
point of the fibers. For the main softwood species used
in structure, the point of fiber saturation is reached when
the wood moisture content exceeds 30% by mass. The
calculation case where moisture of wood or wood-based
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materials (panels, insulation) exceeds 30% will therefore
also be a knock-out test, the liquid water in a closed wall
is very difficult to evacuate.
The input parameters for each component are:
-

The resistance to diffusion of water vapor ( µ ,
dimensionless)
The sorption curve (change in water content of
a product balance in environments with
different moisture contents ) ,
Thermal conductivity,
The specific heat,
Porosity,
The density.

The studied configuration is the configuration A

Figure 28: Variation of temperature and humidity during a
year on site

The interior includes various relaxation areas and
swimming pools. Indoor climate, indicated by the
applicant as the reference atmosphere defined by the
prime contractor, is 29 ° C and 60 % RH (hypothesis 1).
To validate the warranty of the system simulations were
also conducted with internal conditions of 29 ° C and
75% RH (hypothesis 2). This last atmosphère was
advocated by the applicant.

Figure 26: section modelized for the analysis / CSTB document

Roof slope of 3 to 5%
- Decking wood 30 mm thick,
- Joist wood 60 mm thick,
- Sealing SOPRALENE FLAM ,
- Insulation Foamglass T4 160 mm thick,
- Vapour ELASTOPHENE 25
- CLT/KLH e=160 mm

Figure 27: Built floor section

Figure 29: Variation of temperature and humidity during a
year inside of the building / CSTB document

Figure 30: Analysis of the volume of water inside of the
complex / CSTB document
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When the inner atmosphere is 29 ° C and 60% RH, the
average water content of the wall decreases over time to
achieve, during the tenth year, 22kg / m3.
By analyzing the first millimeters of KLH in contact
with the ELASTOPHENE membrane, the water content
of this part of KLH (the most exposed to condensation)
is 51 kg / m3, a water content in% by mass of 12% and a
relative humidity below 74%. Under the provisions
outlined in the "Results Interpretation of Rules" (see
Annex 1 below), considering the continuous
waterproofing membranes, without perforation and with
a constant internal environment and equal to 29 ° C and
60% RH , the wall is of no liquid water accumulation; no
condensation were reported and the water content in
mass% is not sufficient to create a fungal development.
This applies to all products constituting the wall,
including the most stressed part of KLH. When the inner
atmosphere is 29 ° C and 75% RH, the average water
content of the wall increases slightly over time to
achieve, during the tenth year, about 32kg / m3. The
water content of the product KLH also increases slightly
over time to reach 64 kg / m3 at the end of the tenth
year. By analyzing the first few millimeters of KLH in
contact with the ELASTOPHENE membrane, the water
content of this part of KLH (the most exposed to
condensation) reached 80 kg / m3, a water content in%
by mass of 19% and a relative humidity below 91%.
These values increase slightly over time. Trying to
extrapolate the different curves at 20, the product KLH
as a whole (average values) would reach a water content
and relative humidity to respond positively to all criteria.
But, for the part of a few millimeters of KLH located
against the vapor barrier, the simulations could approach
a water content by mass% of 23% or even exceed it. The
relative humidity should be around 98%.

6 CONCLUSIONS
This document covers the analysis of the wood-steel
accessible roof structure of the air pavilion and
particularly the presentation of the assumptions adopted
for the roof design. As a general view the uniqueness of
this so-called large span structure is not to be a formfinding analysis with the very typical idea to find the
best ratio between the volume of material and the span.
At the contrary the shape of the surface is simply a
consequence of its accessibility as a “promenade”. This
situation has led to a very unusual level of complexity
regarding the engineering design also maximize by the
use of a non-isotropic material such as wood. At the end
of the design process the real complexity of the
structural system is to be at the same time a roof in a
very humid atmosphere and then subjected to skin
analysis which might improve the structural design.
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TOPIC: IMPLEMENTATION – PARIS / RESTRUCTURATIONS / HYBRID
STRUCTURES / THE HALLE PAJOL PROJECT / FRANCOISE HELENE
JOURDA AND RAPHAELLE LAURE PERRAUDIN ARCHITECTS
Jean-Marc Weill 1
ABSTRACT: Up to the Second World War, the materials selected and building methods used for traditional
constructions were de facto, based on descriptive specifications representing standard solutions. Since the Second
World War, the wide range of products and techniques available has led to the description of a standard solution being
replaced by a liability to perform applicable to the building. In other words, do the technologies used for a project open
up new possibilities in terms of the general organisational structures used for production purposes, generating hybrid
systems by default?
That is the initial statement of the Halle Pajol project designed in Paris by the Architects Françoise Hélène Jourda and
her associate Raphaelle Laure Perraudin. This project is a remarkable example in which designing architectural
technical solutions are:
- a process, leading to a new model (knowledge, innovation)
- the combination of two systems or two forces (distribution of new technics and adaptation to local context),
led by the customer, legislation, the design team and constructors.
KEYWORDS: Hybrid / Assembly / wood-concrete structure

1 HYBRID / INTRODUCTION 12
1.1 FOREWORDS
The project of the rehabilitation of the Halle Pajol in
Paris / France / is a very ambitious project: in the
complexity of the co-education (mixing) of the program
(youth hostel, activities, library and garden) ' adds that of
the rehabilitation of hall, element of the Paris industrial
heritage of beginning of the twenties century. At the
same time an hybrid program in the North of the city and
an hybrid technical answer for the structure using
existing steel structure, concrete and wood together for
the new building.

In view of today situation, of which we are well aware, I
therefore suggest that we understand the term hybrid as
highlighting the local roots of an architectural project. Is
this something new? Priorities have reversed, and this

Figure 2: Front view of the project / Source: JAP Architects

Figure 1: Sky view of the project

1
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could be considered as different, and perhaps new. At a
time of hyper-standardisation and regulation, special and
local solutions are standing out. Hybrids are considered
as innovative if they are based on successive adaptations
between the initial model and the final model. This will
lead to the co-construction of a final hybrid model.
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Figure 3: Location plan / Source: JAP Architects

Figure 3: View of the project on Pajol street / Source JAP

2 ARCHITECTURE AND CONTEXT
2.1 FROM AN EXISTING BUILDING
Figure 2: Ground floor including the garden / JAP Architects

The ecological footprint of the building aims to be a pilot
project for the City of Paris, minimizing the ecological
impact of the building. From this analysis, the paper is
broken down as follows:
- A- Project General description
- B- Global design hypothesis.
- C- Hybrid wood and concrete design.
- D- Construction process
1.2 DESIGN PROCESS
The main design guidelines including the structure are
the following:
- This existing hall is the protective envelope of
the building. She so asserts her revival. The
skeleton of the existing hall, freed of its
overloads and freed from any new constraint
becomes a canopy supporting a solar power
plant.
-

New buildings, in contrast with the existing
hall, are volumes very compact, so limiting the
energy decreases. Within this hypothesis the
structure is mostly in wood but include at the
same time concrete slabs for thermal inertia
reason.

-

The garden between the hall and railroad tracks
is designed from north to south, in the biggest
dimension of the site. A long railroad garden
draws a continuous route: covered under hall
Pajol, opened further north. This linear space
organizes in successive, behind the scenes
vegetable strips. The principle is to designed an
evolutive garden in Paris.

The rehabilitation of the Halle Pajol is a flagship
operation across the city of Paris. Hall now host a
library, hostel, offices and shops, an auditorium and a
solar photovoltaic roof consists of 3.500 m² of
photovoltaic panels and solar panels, the roof covers a
large part of domestic hot water needs of the youth
hostel. Halle represents today the largest urban solar
power plant in France.
Under the renewed metal structure of the market
develops a seemingly building timber frame but whose
structure is finally hybrid wood & concrete. This
combination of materials with the aim of forming a new
construction system, a new coherence, is the object of
the analysis of the chapter.
The original building was built in the early 20th century
belonged to the SNCF who used to unload the parcel .
Equipped docks and various platforms, the free space
under the roof as it appears today did not exist. The
metal, original structure has undergone various
interventions before finding the clarity of a large shelter
that welcomes new buildings and covered garden. Thus,
having been partially cleared successive fillings
(concrete, bricks, tiles), the structure has undergone a
refurbishment, decontamination lead paint, sanding,
repainting and one-off and reinforcements additions that
have adapted its structure to the new requirements of
stability
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Figure 4: View of the existing building

Totally independent buildings that fit under it, the metal
framework meets its own constraints on fire safety, fire
stability of the new buildings is ensured by its own wood
facade. Similarly, the sealing of the new construction is
assured regardless of the steelwork The architectural has
been first to come simply slide the new buildings in this
market, under the framework, in order to preserve both
the integrity, independence and historical and heritage
value.

Figure 5: Bim model of the steel existing frame before
modifications.

The building lies in structural terms, on a strict
dichotomy between the existing metal frame of the hall itself coated glass panels and photovoltaic panels - and
equipment that fit underneath.
Between the hall and the railway tracks, along a railway
garden draws a continuous path: covered garden in the
Halle Pajol, open garden to the north. This linear space is
organized into successive strips, vegetable scenes. The
ponds collect rain water from the photovoltaic roof. This
water is stored in order to meet in garden watering
needs. In the north, the garden follows the topography,
causing pedestrians by successive slopes and plateaus
down to the Riquet Street.
The original length of the Halle was 200m but about a
third of its length was demolished. It develops today on
140 meters long by 41 meters wide. It consists of 11
bays arranged in an axis between 14 meters and cross the
primary structure is made of 11 multi-frame to release
two longitudinal aisles. The frame of the cover is
constituted by a set of sheds. The ridge of the sheds of
the hall rises to a height of 20m over the traffic area of
the lower ground floor. The level of the channels is
disbursed over the esplanade. Today Halle is
simultaneously a level with the esplanade through a floor
and with the railway lines localized low. The framework
of the market (post and beam "I" and "H" reconstituted
and trusses) is mainly carried out by the flat assembly
and angles riveted and bolted sometimes. Existing
longitudinal stability is done firstly by stairwells and
partly formed by cross channel sections. The transverse
stability is achieved by the multi-frame.

Figure 6: Bim model of the steel existing frame after structural
modifications
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-

The longitudinal retaining wall is nailed over its
entire length to ensure its stability without lean
on the infrastructure of the proposed new
building.

-

Surfaces reported in the superstructure of the
hall made of mixed wood / concrete frame are
entirely self-made stable and favoring the
functional efficiency, structural and thermal.
They are implemented on new foundations.

Figure 7: Bim model of the steel existing frame with the new
independent concrete&wood project.

2.2 STRUCTURAL DESIGN HYPOTHESIS

Figure 8: Construction stage wood and steel / JAP Architects

In its planned configuration, the hall consists of three
statically independent sets: the "Halle-canopy"; mixed
wood buildings and the garden and the existing retaining
wall. The key assumptions that are used are as follows:
-

The roof of the hall, like a canopy, receiving
coverage in photovoltaic panels south and north
canopy. Its main structure, which ensures its
integrity and static volumetric size is generally
retained for 10 of the 11 multi frames, with
local adaptations and enhancements that are
developed further in this note.

-

To take into account the issue of thermal
expansion of the hall, two joints are created at
connections between existing sheds and cross
gantries.

Figure 9: The new anchorages on the retaining wall and the
design hypothesis
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3 HYBRID STRUCTURAL DESIGN

Classical hypothesis

3.1 WOOD&CONCRETE STRUCTURE
REVERSE

H = Concrete slab and beams
V = Concrete frame columns
Existing and self stable steel frame

Initial design hypothesis

H = Wood slab and beams
V = Wood frame columns
Existing and self stable steel frame
H = Concrete slab and beams

Final design hypothesis

V = Wood frame columns
Existing and self stable steel frame

Thermic design

Figure 10 : The three statically structural systems

The massive use of wood based on the requirement to
reduce to the minimum the environmental impact of new
construction, including a rehabilitation context. The
wood also gives the building a strong potential for
flexibility, redevelopment, convertibility. One could thus
imagine that the building in a few decades either for all
or part disassembled for the shelter of the structure
welcomes a new function. The use of wood has been a
determining factor for the prefabrication of building
elements especially on facades, interiors with wood sides
and poles.

Figure 12: Schematic diagram showing how thermic design is
influencing structural design.

3.2 INNOVATIVE CONSTRUCTION SYSTEM
4.2.1 Concrete timber system
Constructive concrete timber system is implemented in
the equipment located in the covered market in steel
structure. The reinforced concrete slabs (and associated
beams) are implemented through the levels ... and are
supported by poles or wood sides while the overall
bracing is achieved by reinforced concrete cores made of
prefabricated panels.

But the main innovation is the implementation of a
concrete hybrid wood structure. Originally planned
entirely in wood, the development of the necessary
thermal inertia was solved project by the implementation
of a material having a mineral consistency in our case
reinforced concrete.
On this basis, was born an amazing combination of
making wearing slabs implemented at each level by a
vertical wooden frame. It is the use of wood as vertical
structure which resulted in technological innovation,
wood bearing columns and wall are supporting the
concrete slabs expect for the roof which is remaining in
wood.

Figure 13: The new wood structure is totally independent from
the existing steel structure / Source : Arbonis

4.2.1 Assembly beam concrete / wooden post
The reinforced concrete slabs -are carried by post
Wooden Glued Laminated and GL 28 h of 400 x 400
sections on the ground garden at 260 x 260 at R + 1
where loads raids are lower. The posts include Length
fittings which ensure the junction with foundations and
slabs of different levels.

Figure 11 : Typical cross section showing the concrete and
wood structure.
Figure 14: wood post connexion / Source Arbonis
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The special assembly slab concrete / wood post is in the
design of connections in order to obtain a possible
rotation of the slab on the pole and then protect the
wood. The rotation is made possible by the
implementation of a steel plate in Fe510 steel assembled
wooden post by pins 16 mm in diameter. Screws ensure
the shrinking of the device to the right of platinum steel /
wood touch.
On top of the steel connectors provide the interface with
prefabricated reinforced concrete beams. The bearing
capacity of the steel plate is 230 t. The fittings are
exposed to fire, - they are coated with an intumescent
paint

4.2.2 Assembly slab concrete / wooden walls
Timber bearing walls carrier also concrete slabs. They
are made of laminated posts 140x140mm interconnected
by metal fittings at the head and foot.
These fittings have connectors provide the interface with
the reinforced concrete slabs along the entire length of
the timber frame. The chosen mounting method is that of
the platform, the typical installation of timber-bearing
walls.

Figure 15: detail of the connexion

Figure 17: typical details and photos of the timber wall /
Source Arbonis

Figure 16: column 400x400 mm / Source Arbonis
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4.2.3 Construction process
The schedule corresponding to the implementation is as
follows:
- Wood posts
- Exterior nonbearing timber walls
- Precast concrete beams
- Prefabricated concrete sails
- Shuttering Table of reinforced concrete slabs.
- Reinforcement of slabs and edge beams
- Pouring the concrete slabs and beams.

To reduce the risk of uncontrolled release of the head of
the wooden post in a specific provisional stage stability
tool was developed for the project. The goal is not to
break the wooden post by implementing a steel
framework to encircle the wooden post to the butonner
on its outskirts during the casting phase or it is not
maintained.

Figure 19: Construction process / post temporary stability /
Source Arbonis
Figure 17: Construction process / Source Arbonis

4 FLOOR AND EVELOPE
4.1 TYPE OF FLOOR
Given the stakes in terms of precast floors of the design
was the subject of specific consideration. 3 types of floor
were analyzed:

Figure 18: Typical case of the column within the nonbearing
façade timber wall / Source Arbonis

-

TYPE 1: floor within CLT wood panel and
concrete screed / thickness. = 35,8 cm

-

TYPE 2: Full floor concrete slab with concrete
screed / thickness. = 26,5 cm
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-

TYPE 3: Full floor concrete slab / thickness.=
20 cm.

The comparative analysis of different floor types is as
follows:
HYPOTHESIS

TYPE 1
Wood panel CLT

Prefabrication
Demountability
Gray energy
Fire resistance
Inertia
Economy
Thickness

+
=
+
=
--

FLOOR TYPOLOGY
TYPE 2
Full concrete slab
with concrete
screed

?
=
+
=
+
-

TYPE 3
Full concrete slab

The technical solution chosen for the floors finally is the
following:
- Roof + façade : TYPE 1 / WOOD PANEL
Intermediate floors : TYPE3 / FULL CONCRETE
4.2 ROOF
The roof is supported by a wood Arbodal complex which
comprises panels in laminated wood -GL 28 h 440 mm
wide and 135 mm thick and carries on average from
about 5.50 m . The complex functions as the assembly of
laminated wood. A gasket compressed Altofeu - in
rebates ensures a firebreak of 1 hour 1h.

+partial
=
+
+
++
+

An embodied gray energy consumed to:

Is a CO2 emission :

Figure 20: Arbodal wood panels used for the roof / Source
Arbonis

4.3 FACADES
The thermal requirements not being the same in terms of
premises, two types - of timber frame walls have been
implemented.
The hostel uses a frame BM G 24 45 x 220 and contains
an insulating - mineral wool 220 mm. outside, one- OSB
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3 of 15 mm receives cleats 70 x 70 frame a whomineral- wool coat insulation of 70 mm. The library
benefits, as To- it, a double frame BM G24 2 x 45 x 120300 mm for blowing of cellulose.- wadding By adding
70 mm mineral wool you finally have 440 mm of
insulation.

This document covers the analysis of the wood-concrete
structure of the hall Pajol restructuration Project in Paris
and particularly the presentation of the assumptions
adopted for the structural design process.
As a general view the uniqueness of this so-called
innovative hybrid structure is to be the result of a cross
analysis including the relation with the existing steel
structure of the hall and the thermal requirements of a
contemporary buildings. This situation has led to a very
unusual level of analysis regarding the engineering
design of a so called common building also maximize by
the use of a non-isotropic material such as wood
associated with concrete.
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Figure 21: The façade

5 CONCLUSIONS

Figure 22: The garden under the roof / Source JAP Architects
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CONDITION ASSESSMENT OF THE FIRST VEHICULAR TIMBER
BRIDGE IN KOREA
Sang-Joon Lee1, Kug-Bo Shim2, Kwang-Mo Kim3, Sejong Kim4, Yong-Seok
Choi5, Hyun-Kyeong Shin6, Yeonjung Han7, Moon-Jae Park8
ABSTRACT: Interests in wood and wooden culture including timber structures have been raised up in Korea. As an
example of the efforts of National Institute of Forest Science (NIFoS), the first vehicular timber bridge in Korea,
Hanareum bridge, was completed in December 2012. DB-24 grade of Korean highway bridge design code with thirty
meter long and eight meter wide timber bridge was built. To ensure long-term structural safety of the bridge, field
assessments including static and dynamic field loading test and periodic monitoring were conducted for two years.
Loading test in 2013 proved that the bridge possessed its symmetricity and structural safety. Additionally, the initial
finite element model of the bridge was also verified based on these test results. The model can be used for long-term
health assessment of the bridge. Up to now, the bridge shows sound status, however long-term monitoring of the bridge
can discover potential problems and can be effectively used for setting the next projects of vehicular timber bridges.
The monitoring and field assessment of the bridge is planned till 2018, and we believe that this can help not only
monitoring the structural safety of Hanareum bridge but also conducting field assessments of possible future cases of
timber bridges.
KEYWORDS: Hanareum Bridge, Timber Bridge, Field Assessment, Field Loading Test, Monitoring

1 INTRODUCTION 123
Even wood buildings have been gradually raised up with
considering global environmental benefits, wood civil
engineering structures including the timber bridge are
not yet popular in Korea. One of the efforts for
activating the civil timber structures, National Institute
of Forest Science (NIFoS) in Korea constructed the first
vehicular timber bridge, Hanareum bridge, in 2012.
Since completion, field load test and periodic (four times
in a year) monitoring have been done for finding out the
structural safety and making a database related with the
maintenance process. This paper summarizes the
research activities for the vehicular timber bridge, and
the results of performance evaluation tests in the
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laboratory are briefly introduced. Finally field load tests
and the results were presented.

2 DESIGN OF THE TIMBER BRIDGE
In 2009, the National Institute of Forest Science in Korea
launched a research project for the design of a timber
bridge. It started as the development of a bridge deck
floor 30m in length. In this design, glue laminated timber
(glulam) was used because it can be manufactured in a
wide range of shapes, which is appropriate for the
construction of a bridge deck floor with a relatively long
span. In this research, the pre-stressed glulam deck floor
system was designed based on the design guideline by
USDA. The required level of pre-stressing and design
assumptions such as symmetric behaviour and nonseparation at laminated faces were identified and verified.
Following the development of the pre-stressed glulam
deck system, research on girder bridges was initiated in
2010. Girder bridges with two lanes and 25, 30 and 35m
in length were developed. A sawn lumber deck floor
system was adopted for the girder bridge, which was
designed with a series of rectangular panels and was
supported by 5 main girders. A design and analysis
program for the girder bridge was developed and the
design procedure was established. The structural
behaviours of the bridge design were verified
numerically through detailed 3D finite element analyses.
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Based on the previous research, comprehensive research
for the first vehicular timber bridge in Korea was started
in 2011. The research project included the whole process
including design, manufacturing, laboratory test, field
test, and the construction of the bridge. Among the
various bridge types, an arched truss structure was
selected for a 30m single-span bridge due to the
advantages of structural efficiency and aesthetic value
(Fig. 1).

Figure 1: Longitudinal section and floor plan of bridge
designed in 2011 (Named Hanareum bridge later)

The main members of the arched truss were made of
glulam, and dowel-type joints are used to connect the
main members. The vertical members of truss, cross
beams, pre-stressing elements, dowel plates and
components to assemble were made of steel while the
other main members are all made of wood. For the
glulam deck system, stressed-laminated system, which
was researched in previous studies, was chosen, due to
the advantages of prefabrication, installation, and
maintenance. A total of 5 cross beams were laid beneath
the deck at the intervals of 5m to support the deck floor
and to transfer the load from the floor to the truss
members. An additional two cross beams were also
installed to seat the bridge on the abutments. A number
of codes, specifications and guidelines were used to
design the truss, joints and other detailed parts of the
bridge and the allowable stress design method was
applied. For the material of the main glulam members,
pitch pine was chosen because it is one of the most
common species of trees in Korea, would be predicted to
provide cost-effectiveness for the bridge. Korean
Industrial Standard provides the mechanical properties of
symmetric laminated pitch pine timber as shown in
Table 1, classified according to grade of strength.
Among them, 10S-30B grade materials were selected for
the bridge.
Table 1: Mechanical properties of symmetric laminated pitch
pine timber(KS F 3021)

Using the above research, an arched truss timber bridge
for vehicle was completely manufactured and tested in
the laboratory before being constructed at the field. The

next chapter presents
corresponding results.

the

laboratory

tests

and

3 FULL SCALE PERFORMANCE
EVALUATION TEST IN
LABORATORY
In order to ensure the performance of members, joints
and the entire bridge system, a series of full scale test
was performed at Hybrid Structural Test Centre of
Myongji University in 2011. The tests for glulam
members consist of the bending, tensile and compression
strength test, and static loading and fatigue loading tests
were performed for the arch truss bridge.
In tests of the dowel-type joint connections, one of the
most complex parts in timber structure design, structural
performance and failure behaviour were verified by both
a finite element analysis and experiments. Full scale test
specimens for diagonal members and lower chord were
manufactured to have same details as the connections of
the bridge so as to assess whether the strength satisfies
required level.

Figure 2: Flexural strength tests on the lower chord

As a result, the maximum stresses of members were
expected to be from 80% to 95% of the allowable axial
stress. In flexural tests on the lower chord, it was found
that the strength of the connected joints were sufficiently
high such that maximum tensile stress of the connection
is higher than the non-joint part of the member by 78%,
due to the superior flexural strength of the steel dowel
plate. Overall, the average axial strength, flexural
strength and ductility were also at satisfactory levels.
The entire bridge span including arched truss, deck
plates and cross beams was assembled in the structural
test laboratory for static and dynamic loading tests (Fig.
3). The main objectives of this full scale loading test was
to verify whether the assembled bridge system behaves
as designed. More specifically, the linearity for loaddeflection relationship and the symmetry of deformed
shape were investigated through a 384kN static loading
case which is 90% of the design truck load. Test results
showed that the resulting member forces were quite
small compared with design values especially for timber,
and the symmetric condition of whole bridge was well
satisfied to meet well with the difference of deflection
less than1mm. The maximum deflection of truss, cross
beams and deck floor were also found to be smaller than
design values.
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Figure 3: Static load testing in laboratory

impact load, seismic forces, wind loads, and so on. This
finite element model used self-weight and vehicle load.
These two loads were the main load and they were one
of the most influential loads for vehicular bridges. DB24 which was specified in Korea Bridge Design
Specification was applied for vehicle load. This model
referred to vehicle load AASHTO(American Association
of State Highway and Transportation Officials). It was
for 1st class for traffic load and used in case of
expressway. DB-24 consisted of 43.2 ton truck and this
truck called standard truck which had 6 wheels.

In fatigue tests, cyclic loadings up to 50kN were applied.
A total of 80,000 cycles were loaded throughout the test.
It was found that there was no problem on the integrity
of joints and members other than the slight increase in
the center deflection was observed after the test. This
deflection seemed to be caused by the relaxation of prestressing or the separation of joint connection occurred
during the cyclic loadings.

Figure 5: Vehicle model, DB-24 (Korea Bridge Design
Specification, 2010)

4 FINITE ELEMENT MODEL OF THE
BRIDGE

More details were below in figure 5 and table 3. In the
figure 5, distance V meant the length at the moment that
the maximum stress occurred.

4.1 TIMBER BRIDGE MODEL

Table 3: Vehicle Load (Korea Bridge Design Specification,
2010)

Timber bridge model was made using finite element
analysis program, MIDAS Civil 2006. FE model (Fig. 4)
was made of timber deck, timber main truss member,
and steel vertical truss member.

5 STRUCTURAL PERFORMANCE
ASSESSMENT

Figure 4: 3D finite element model

Detail data was below in table 2. Boundary conditions
were simply supported at the both ends of the deck and
each member was connected by rigid joint except truss
element. Main superstructure was hybrid truss; each joint
consisted of hinge joint. Bridge deck was actually stresslaminated timber system, but in this paper for analysis
efficiency, orthotropic plate structure was used. Stresslaminated timber system analysis would be carried out
following research.
Table 2: Basic data of the timber bridge model

Structural performance was assessed with finite element
analysis program; MIDAS Civil 2006.This program had
strength of infrastructural because it specialized in civil
structural analysis. FE model (figure 4) was made of
geometry model with timber deck, timber truss member,
and steel vertical truss member and load model with DB24 and self-weight. This paper was about structural
performance of the timber bridge so that the results were
classified with timber truss and timber deck.
5.1 BRIDGE DECK PERFORMANCE
Structural performance of bridge deck was represented
with bending moments due to live loads and maximum
deflections. As deck was composed of orthotropic plate
element model, specific stress data was calculated. Deck
moment was computed regarding dead load and live load,
respectively (table 4).
Table 4: Results with design and analysis for deck

4.2 VEHICULAR LOAD MODEL
Design loads are to be considered in the design of the
bridge load and dead load due to the weight of the bridge
itself, vehicle load and live load of the cluster load,

Deck moment by dead load was 13.4 kN·m (figure 6). It
was lower value than design value at the rate of 36%. In
this case, the design value was calculated by Korea
Bridge Design Specification (2010). Moment due to live
load was 111.1 kN·m. It was also lower value
corresponding to 40% of design value. This was why
steel cross beam was omitted in the design model. The
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maximum deck deflection was 24.75mm. It was located
at the center of the deck. The deflection shape was below
figure 7.

of design value so that timber truss was enough to play a
role as a vehicular bridge and had durable for vehicle to
pass through the timber bridge.
5.3 DISCUSSIONS

Figure 6: Deck moment distribution due to dead load

Finite element analysis was a useful method to assess
structural performance. It could be possible to handle
very large scale structures and various conditions such as
load condition and environmental condition, even treated
behaviour in invisible side. This paper presented
vehicular timber bridge assessment and it was the first
vehicular timber bridge in Korea so that finite element
analysis was a basic research about timber bridges.

Figure 7: Deflection shape of bridge deck

5.2 TIMBER HYBRID TRUSS PERFORMANCE
Truss structure performance was estimated by member
forces and deflections. The truss structures were made of
truss element so that member forces were defined only
by axial forces. Finite element analysis was conducted in
order to estimate structural behaviour of truss. As a
result, member number 3 and 4 had maximum tensile
force and number 18 and 20 had maximum compressive
force. The number of members presented in figure 8.

Figure 8: Numbers of truss member

The force distribution was nearly symmetric because the
geometry and load model was symmetric, but material
model was orthotropic. The detail values were in table 5.
All the forces met the allowable stress standard.
Comparing with analysis values, maximum tensile force
was 91.05% of design values and maximum compressive
force was 92.76% of design value.
Table 5: Truss member forces by finite element analysis

These results were reasonable value because the design
model was truss only design without plate and cross
beam. It was 2D truss design model and other structural
members were only components with point mass. For
this reason, it was natural that 3D finite element model
including all parts had more stiffness and analytic value
was less than design value. Although the difference
existed in the results, difference value was a little small
because truss more endured live load which had larger
value than dead load.
The maximum deflection occurred at the center of the
lower chord, whose value was 30.907mm. The allowable
deflection in the Korea Bridge Design Specification was
125mm. Finite element analysis result was only a quarter

Figure 9: Results of finite element analysis (deck bending
moment, truss axial force distribution and
defection shape)

Figure 9 was resulting summary of finite element
analysis of the timber bridge. The first figure was about
bending moment of deck. It was the main result about
bridge deck because deck was modeled with orthotropic
plate theory. Also, the second figure was about truss
axial forces. Upper chords took compressive force, while
lower chords did tensile force. The last figure was about
deflection of whole truss bridge. These results met the
allowable standard and were enough to endure vehicular
load. In conclusion, timber was a good material as a
vehicular bridge.

6 FIELD LOAD TESTING
6.1 CONSTRUCTION OF THE BRIDGE
After the laboratory testing, the bridge was disassembled
for transport and reassembled at the construction site.
The construction field was located at a forest road of the
Micheongol recreational forest, an eastern mountainous
region near Yangyang city, Korea. After the installation
of a fence and asphalt pavement, the construction of the
entire bridge was completed by December 2012, and has
been open to the traffic since the official opening
ceremony that was held in April 19, 2013.
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deflections in the lateral direction (Fig. 12-(a)). In
addition, three more LVDT’s were installed across the
center cross beam for measuring the mid-span deflection
of the bridge (Fig. 12-(b)).

Figure 10: 3D model of Hanareum bridge

This bridge, given the official name of 'Hanareum
bridge', is 30m in length, 8.4m in width and has a
maximum load capacity of 110t. As the first vehicular
timber bridge in Korea, Hanareum bridge is expected to
serve as the groundwork for the construction of many
more timber bridges in the future and establishment of
Korean design specifications for timber bridges.

Figure 12: LVDT sensor attachment locations

Strains at important locations were also measured. The
locations were identified through finite element analysis,
which resulted in a total of 7 locations with the largest
strain: 2 of upper chord and 2 of lower chord and 3 of
deck floor (Fig. 13). Two accelerometers for identifying
natural frequencies were installed at the outer sides of
bottom deck floor (Fig. 14).

In order for that to occur, it is important to assess the
present performance of bridge and to apprehend the
long-term behaviour like loosen pre-stressing,
deterioration etc. Furthermore, it is required to examine
whether the bridge performs as it was intended.
Therefore, field testing including static and dynamic load
testing was performed May 10, 2013.
Figure 13: The locations of strain gauges

Figure 14: The locations of accelerometers
Figure 11: Construction of Hanareum bridge

6.2 CONFIGURATION OF FIELD LOAD
TESTING
The bridge was designed as a two-lane bridge with each
lane loaded with a 43.2 ton truck. The loading tests were
performed with two gravel loaded 27 ton trucks and
corresponding calibration was conducted and the test
results were compared to laboratory tests and design
values. In order to assess the performance of the bridge
and to obtain initial data for investigating its long-term
behaviour such as loosen pre-stressing and deterioration,
a series of static and dynamic load tests were performed
in May, 2013.
The resulting deflections and strains at a series of
locations were measured. One of main interests was the
integrity of pre-stressed glulam deck. It was assumed
that the laminated floor deck would retain its integrity
without the separation of the glulam timbers if the deck
was pre-stressed properly. In order to verify this
assumption of integrity, a total of 13 LVDT’s were
installed beneath the deck floor to get a detailed shape of

In the static loading test, 6 load cases (LC1 - LC6) were
set by positioning the truck alone, side by side, and in
rows. And in the dynamic loading test, 6 load cases (LC7
- LC12) were set also by letting truck cross the bridge at
speeds of 5km/h, 10km/h and 20km/h through each lane
(Fig. 15, 16).

Figure 15: Load cases for static(LC1-LC6) and dynamic(LC7LC12) loading test
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to be an indication of the integrity and good quality of
the construction of the bridge.

Figure 16: Truck loading (left : static test, right : dynamic test)

6.3 RESULTS AND DISCUSSIONS
The results of the static loading tests are plotted in Fig.
17. The displacements of the deck floor and the cross
beam at the mid span are compared with their
corresponding analysis responses. For a single lane load
case, LC2, the results from the laboratory tests were also
compared.

Figure 18: Deflections of center cross beam for static loading
cases

The natural frequencies of the bridge deck were
identified from acceleration responses in dynamic
loading tests. The first and second mode frequencies
were 5.16Hz and 9.06Hz respectively (Fig. 19). Those
results will be verified through a refined finite element
analysis in further research.

Figure 17: Maximum vertical displacement for static loading
cases

Figure 19: Acceleration response and its frequency spectrum

As shown in Fig. 17, in general, good consistency was
observed between the finite element analysis results and
those of the field tests. Larger deflections in the finite
element analysis are noted for all the cases, which can be
explained by differences in the finite element model and
the bridge structure. For example, the connections
between timbers were modelled as hinge joints while the
bridge has strong connections with dowel plates and
bolts which can transfer flexural moment. Furthermore,
asphalt pavement and fence, which can strengthen the
stiffness of bridge, were not included in the finite
element model. This overall stiffness increase is also
observed in the comparison of deck floor deflections
between laboratory and field test results of LC2.

In the dynamic loading test, the impact factors were also
investigated. The impact factor, defined as the ratio of
additional dynamic displacement to corresponding static
displacement, depends on the condition of road surface,
driving speed, structural characteristics, ratio of live load
to dead load, and nature of the response, etc. In this
study, for the different speeds of trucks, the maximum
vertical displacements of the center cross beam at the
crown were measured to calculate the impact factors.
The results are depicted in Fig. 20. The largest impact
factor was evaluated as 0.198 for 20km/h of the 1st lane.
These dynamic test results will be analysed through a
further analysis using refined 3D finite element model in
a future project.

The purpose of LC3 is to verify the linear behaviour by
comparing it with superposition of LC1 and LC2. As
shown in table 6, the load-deflection relationship is
found to be linear, and the maximum difference between
LC3 and LC1+LC2 is 0.3mm.
Table 6: Maximum deflections of cross beam for LC1, LC2 and
LC3 (mm)

The symmetry of right and left lanes is investigated by
comparing the deflections of the center cross beam for
single lane loading case pairs LC1-LC2 and LC4-LC6,
which are single truck and double truck loading cases,
respectively. A double lane load case of LC5 was also
investigated and the test results are shown in Fig. 18,
The results indicate that the symmetry of the deflection
responses are well maintained, which can be considered

Figure 20: Impact factors for dynamic load cases

7 CONCLUSIONS
Recent research and development activities for the
construction of the first vehicular timber bridge in Korea
are presented. The results of laboratory and field tests
indicate that the manufacturing and fabrication quality of
timber members is excellent, and that the bridge can
perform as designed.
For the further research, a refined 3D finite element
model which reflects the current status of the bridge will
be established based on the results of the field tests. To
investigate the long term behaviour of the bridge,
periodic load testing is planned and the finite element
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model will be updated based on the corresponding
results. The updated model will be used to assess current
performance and to establish an appropriate maintenance
plan for the bridge.
It would be expected that the successful construction of
the Hanareum bridge will lead to the development of
more vehicular timber bridges in Korea in the future.
The development of new design specifications for timber
bridges in Korea is also in the planning stages.
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INTRODUCING THE SEGMENT LATH A SIMPLIFIED MODULAR
TIMBER GRIDSHELL BUILT IN TRONDHEIM NORWAY
John Haddal Mor 1, St inar Hill rs y Dy i 2, B ndi Manum3, And rs
R nn uist4, Nathali La onnot
ABSTRACT: The paper introduces a kinematic gridshell principle built with the smallest possible module. The module
consists of only two laths providing one node and the four connectors to adjacent nodes. The solution is named the
segment lath and the result is a system able to construct any quadratic grid shape using only one module type. Among
other assets, the system includes the function usually handled by additional shear blocks, it enables simplified
manufacturing, compact transportation, fast construction and efficient use of materials. Further, the paper describes the
process of designing and building a 10 meter full scale segment lath gridshell in Trondheim, Norway.
KEYWORDS: Kinematic timber gridshell, segment lath, simplified modular system, full scale prototype, compact
transportation

1 INTRODUCTION 1
The elegance of a gridshell lies in its complex shape built
up by simple elements. A kinematic gridshell, originally
called timber lattice roof, is defined as a flat squared
lattice that is lifted (or lowered) into a doubly curved
shape[1]. In principle, the same connection detail can be
applied in all nodes except for the edges. In addition, the
distance between the nodes are uniform. Natural
limitations determine the length of laths. A high-quality
timber-lath, off the shelf, can be up to six meters, but
depending on chosen specie and irregularities, most laths
must be trimmed to achieve the needed quality. The laths
are then joined by various techniques to achieve the
required lengths of the laths in the complete shell.
Gridshells have been developed since 1890’s by the
pioneer Vladimir Shukhov[2], but Frei Otto together with
Edmund Happold and Ian Liddel is a main reference
regarding the development of the timber based kinematic
gridshell. In 1975, they constructed and built the
Mannheim Multihalle, a 7400 m2 gridshell that spans up
to 85 m. Their solution was a double layer configuration
using 50x50mm hemlock laths. Extension of laths were
done by finger joints.

Despite gridshell’s simplicity and fairly low price
compared to other doubled curved structures, kinematic
gridshells are still not widespread. One reason is likely to
be high complexity in design process. However, new
digital form-finding tools, such as Grasshopper 3D[4] ,
Kangaroo Physics[5] and Karamba 3D[6], has potentially
enabled a new era in the development of kinematic
gridshells.
Currently, different research groups are further
developing the concept. Gregory Charles Quinn and team
has elaborated the potential using pneumatic false work as
erection-method[7]. Gridshell.it, led by Sergio Pone, has
developed and built different prototypes and mediumscaled structures. Further-more they have developed their
Gridshell Form finding tool (GFFT)[8]. Their grid-system
is similar to Mannheim Multihalle, but differs in
extension-principle. Instead of using finger-joints, the
system is divided into 4x4 grid that are bypass-connected.
See figure 1. The small geometric change both modularize
the system and makes the manufacturing less demanding.
Gridshell.it`s solution is a large step towards a simplified
gridshell.

Later, the Weald & Downland Gridshell and Savill
Garden were built, both engineered by Buro Happold[3].
While shape, grid-size, material and program differs, both
projects uses continuous laths and the same extension
strategy: off-site finger joint laths to 6 meter lengths, and
then on site scarf-jointing to full-lengths on site.
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2 THE SEGMENT LATH SOLUTION
2.1 S h mati Con

Figure 1: ri shell it s mo ular system

However, by this principle, the joints between the
modules visually appear as disturbing exceptions to the
rule. Together with the variations of the module needed
for adapting the modules to the shape of the complete
shell, the modular system weakens the architectural
clarity that at best characterises a gridshell. This paper
investigates the potential of an even simpler and more
universal modular system and is tested through a fullscale pavilion. The structure is shown in figure 2 and 3.
The solution is named the segment-lath.

t

This is a novel approach to kinematic gridshells utilizing
the advantage of a simplified modular system parallel to
that of binary numbers. An integer can be expressed by
decimal or binary numbers. The decimal numeral system
needs ten symbols; 0,1,2...9 to express all possible
integers whereas the binary number manage the same by
two symbols; 0 and 1. Similarly, an arbitrary grid can be
described by many types of large elements or by fewer,
smaller elements. A grid could essentially be expressed
with node coordinates and the relation to adjacent nodes.
This is also the principle for the modular concept
presented here; a module as simple as two segmented
laths, connected in the centre.
Figure 4 shows the module, Figure 5 how it is assembled,
while Figure 6 compares continuous laths against
segmented laths. This simple example illustrates how four
different elements are required as continuous laths
whereas one kind of the segment lath-module is sufficient.
A more complex shape would demand further additional
continuous laths while only one segment module is
needed also this time.

Figure 4 he smallest possi le mo ule, containing only t o
laths an a no e

Figure 5: o the mo ules relates to each other
Figure 2: he pa ilion uilt in ron heim

Figure 6: ame gri shape constructe
y continuous an
segmente laths, respecti ely Colours represent i erent
lengths re uire
Figure 3 he structure an the elonging site

2.2 Mat riali in th

on

t

A double layered configuration of the module turned out
to be advantageous for several reasons. One layer is here
defined as one complete representation of the grid (The
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thickness of the gridshell is four laths, but still has to
layers). However, both a single-layer and a multilayer
system is possible. Each module is bypass connected,
creating an almost solid structure and reducing the need
of additionally shear-blocks. By this, the extensions
becomes the rule rather than an exception from the rule.
The bypass-connection(3) and other extension tecniques
are illustrated in Figure 7.
Figure 9: To the left: Transport friendly setup. To the right:
Assembly ready module

Figure 7: Comparison o e tension techni ues
inger
jointing, use in annheim ultihalle, eal
o nlan an
a ill ar en
car jointing, use in eal
o nlan an
a ill ar en
ypass jointing, use in segment lath an
gri shell it s pa ilions
ap-jointing, use to repair roken
laths in annheim ultihalle

Figure 10 our mo ules connecte
he grey ones are turne
relate to the other t o, creating a o e pattern he
ypass-joints ecomes the rule rather than an e ception rom the
rule

One bolt and four laths constitute the module and includes
a node and the halves of four bypass-connections towards
adjacent nodes. The module is extremely compact
regarding transportation. See figure 8. By rotating two
laths 90°, the module is ready for assembly, see figure 9.
The modules are “weaved together” and joined as shown
in figure 10. As previously mentioned, the simple
modules can replicate any kind of quadratic grid shapes.
Figure 11 shows an arbitrary grid.

Figure 11: n ar itrary gri constructe

Figure 8: Components an assem le segment mo ule
ssem ly,
mm olt asher nut
Centre laths, ith
roun holes
op lath ith slotte holes
ottom lath ith
slotte holes he coloure cross sections e plain assem ly
or er

y the mo ule

For the Trondheim Pavilion, a 500x500mm grid was
chosen. The size of the laths are 23mm x 48 mm,
rendering a total height of 92mm. The laths are 900 mm
long, making the biggest possible overlap without making
the laths collide. The choice of the large overlap is
twofold: First, the large overlap replaces the shear-blocks.
Second, the distance between the bolts connecting the
overlap is crucial to make a connection that provide
continuous rather than hinged structural elements. The
overlap is shown in Figure 10.
Similar to other kinematic gridshell concepts, the nodes
must allow for in-plane rotation. This is solved using
pinned nodes. Additionally, when applying a double-layer
system, the top and bottom lath must slide relative to each
other. This due to different lath curvature in the final
shape. Commonly, this problem is solved by applying a
pinned node with slotted holes in the top and bottom lath.
The centric laths has round holes. However, the node is a
vulnerable part of the grid, and because the segment laths
are not continuous, it is possible and favourable to move
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the slotted holes to the bypass connection. By this
principle, the lengths along the centre of the laths are
fixed, whereas the lengths along the top and bottom laths
change in accordance with the curvature of the shell.
Compared to conventional concepts using slotted
connections, the segment solution can utilize shorter
lengths of the slotted holes. The needed slot length is
dependent on the length between the end nodes on the
lath. See figure 12 for graphic explanation.

Contrary to oak, larch and other frequently used gridshell
materials, spruce have a large amount of knots, which
significantly weakens the structural properties. A 5 meter
lath without any knots is hard to find. Thus, applying
spruce would be an unfortunate choice if using
conventional solution with continuous laths. However, the
use of the segment solution made it easy to extract 900
mm knot free segments, leaving minimal waste. The
cutting process is shown in figure 13.

Figure 13: Cutting the segment
lengths o the aste

he pile on the right sho s the

The shape of the shell is determined by many parameters,
including the lath`s maximum bending capacity. A
relation between minimum radius and cross-section
height can be derived[9]. See equation 1.
Through a series of bending tests, a constant was also
extracted for the chosen material. To check the
buildability of the structure, this constant were
implemented in the algorithm. Table 1 describes different
standardized qualities (from EN 338), including the
physical tested timber.
𝐶𝑜𝑛𝑠𝑡𝑎𝑛𝑡 =

Standards
C16
C24
C30
D30
D70
Tested lath

𝑚𝑖𝑛𝑅𝑎𝑑𝑖𝑢𝑠
𝐶𝑟𝑜𝑠𝑠𝑒𝑐𝑡𝑖𝑜𝑛𝐻𝑒𝑖𝑔ℎ𝑡

Constant
250
229
200
167
143
152

Cross
section
height
23
23
23
23
23
23

(1)

Smallest
radius
5759
5270
4600
3840
3290
3500

Table 1: ho s the relationship et een cross section height
an smallest ra ius
Figure 12: riginal solution like annheim ultihalle an
egment lath to the right ue to i erent length et een en
no es on each lath, i erent lengths o the slots coloure re
are nee e
ith the illustrate cur ature, original solution
eman s
mm hile segment lath eman s only
mm

3 MATERIAL
Spruce and pine are the mostly used species in Norway.
Due to price and local availability, spruce was chosen.

4 MANUFACTURING
The segment lath consist only two different elements: The
top/bottom lath and the centre lath, making the
manufacturing process extremely simple. It consists
merely of drilling five holes in each lath. The top/bottom
laths getting slotted holes except in the centre. However,
the precision of the holes are very important, and were for
the Trondheim gridshell manufactured by a CNC-router.
For large scale-manufacturing, a customized jig should be
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considered. In this case, the 2400x1200 Multicam 3000
router handled 38 laths in one run. Including on/off
loading, one run was done in 15 minutes, implying one
lath manufactured in less than 30 seconds. Jig and router
seen in Figure 14 and ½ of the complete gridshell can be
seen in Figure 15.

Additionally, Karamba 3D, a finite element analysis tool
for Grasshopper, were used to estimate utilizations and
displacements. The tool made it easy to rapidly refine the
shape, searching the smallest possible moment-forces in
the members as well as minimum deflections. Figure 17
shows the chosen framework.
Again, since the module is simplified, so are also the
output from the design. A simple grid-scheme, key
coordinates and number of modules are all that is needed
to replicate the grid and final shape.

Figure 14: he C C-router mills i e holes in each lath

Figure 15:

o the complete gri shell stacke on one pallet

DIGITAL FORMFINDING
While Frei Otto used physical hanging chain models to
determine shape, most form finding are now done
digitally. A setup combining Rhinoceros, Grasshopper 3D
and Kangaroo Physics makes it possible to simulate
hanging chain structures. Kangaroo software uses
dynamic relaxation algorithm to trace the motion of the
structure through time under applied load. To determine
if a suitable shape was found, several tests were
performed. The most important one visualizes areas that
have too small radiuses. The workflow is greatly inspired
by Gridshell.it`s GFFT tool[8].

Figure 16: Cur ature test Re laths ha e too small ra ius,
green laths ok nalysis is per orme using e uation

Figure 17: he rame ork e elope in rasshopper
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CONSTRUCTING A FULL SCALE
PAVILION
A park in Trondheim, Norway, was chosen as prototype
location. A low stone wall and broadleaf trees surround an
open area that fitted the pavilion structure. The layout is a
quadratic grid with 27 cells (13.5 meters) in each
direction, but trimmed at each corner. The setup is shown
in figure 18.
Figure 19: rom the erection process he pallet to er in the
centre is incrementally heightene
he or er as al ays
appro imately
mm rom groun le el

The anchor-points were pulled towards four already
positioned foundations using cargo straps. The last part of
the lifting process was conducted solely by pulling the
anchor points, ensuring a controlled decentring from the
tower. When shape was satisfying, the bolts were
tightened and bracing added on top.
Building the structure took about 10 days, but can be
significantly rationalized for further structures.

Figure 18: cheme o chosen setup Re rectangle highlights the
oun ation points

The four shortest sides of the octagon are the foundationedges. When erected, the structure is approximately 9.5
meters wide and 4 meters tall. 520 modules, or 2080
segments, are used to build the whole structure, which is
a total of 2.06 m3 timber.
.1 Buildin

A problem is that elements might break during the
erection process. Local stresses become too big on one
element. Traditionally this has been tricky to fix properly,
the continuous laths are very difficult to remove.
Mannheim Multihalle uses a lap joint to repair these
fractures.
An advantageous benefit from the segment lath is the
ability to easily replace broken elements. The short length
makes it possible to replace an entire module by removing
lath by lath.

ro ss

The structure was built by only two persons, using a pushup technique. On site erection was conducted using a
centric tower made out of pallets. The tower was then
incrementally elevated by adding pallets at the bottom. On
top, a 2400x2400mm plywood frame was installed to
secure even load distribution on the laths during erection.
The grid was assembled by starting with the centre
module, leaving the bolts un-tightened. By always adding
evenly around the centre, the pallet tower was always kept
in balance. The incremental lifting technique made it
possible to always assemble modules on ground, keeping
an ergonomic and efficient working position.

Figure 20:
entrances

ully erecte

pa ilion ie e

rom one o the

DISCUSSION
.1 Ar hit tural

r ssion

Slenderness is a key feature of designing both a solid shell
and a gridshell. The thickness must be relative small
compared to the span. Other gridshell solutions are more
slender than the segment lath, and are visually even lighter
structures. This due to the rhythmic space between the
laths. On the other hand, the segment lath becomes almost
solid from distance, the four layers merges into continues
wowed laths. The result is a more harmonized and
readable structure.
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Figure 21: i e ie
appro imately
mm

he height o the entrances are

.2 Mat rial Consum tion
The large overlap makes the segment lath consume more
timber in the final structure. Hence the dead load is
higher compared to a similar shape using another
solution. That said, it is likely that the more compact
solution also gains more strength, but no comparable
studies have as yet been conducted. Furthermore, there
is a difference between gross and net material
consumption. The segment lath produces less waste
compared to other solutions that demand continuous
laths without any defects.
.3 S alin u ?
The Trondheim Gridshell turned out to be a successful
prototype. The main goal was to test the segment lath
solution, and it performed as expected. There are also
interesting issues yet to be examined to make the segment
lath usable for architectural implementation. Cladding,
connection to the ground and not least integrated bracing
are also questions still to be answered. Furthermore, the
segment lath itself has also a potential for a justified new
version, but keeping the key-features. Current ideas are to
add more layers, varying grid size, or even varying crosssection width in one structure.
One can also imagine the concept applied in a much larger
scale. As explained in the chapter about schematic
concept, the theoretical segment lath concept is scale-less.
It is the materialization of the wireframe grid that
determines scale, strength and use. If the grid where 1x1
meter and the thin laths were replaced by larger glulam
beams, totally different implementations would be
feasible.

Figure 22: Close-up o the mo ule

CONCLUSION
This paper has investigated the potential of developing a
simpler and more universal modular kinematic gridshell.
The functionalities were tested in a full scale pavilion. The
solution, the segment lath, revealed many advantages,
including some that were not predicted. It also introduced
some new interesting questions to be answered in the
future. Following properties have been registered:








The 400mm bypass connections function as shearblocks when tightened.
Each segment lath is connected to only one joint and
the slotted hole can thus be moved to the bypass
connection.
The dead-load is larger. However it is unknown to
which extent this is compensated by increased
strength.
The system is universal, meaning that it can replicate
all types of quadratic grid shapes.
The modulus is stackable by turning two of the laths
90°, making it suitable for transportation.
Short laths make it easy to achieve high quality
material and to replace broken parts during erection.
Manufacturing/assembling is very simple and require
almost no skills. The erection process is still
demanding.

To summarize, through a series of simplifications, the
segment lath solution has contributed to lower the
threshold regarding construction of gridshells. The
authors sees a great potential implementing the segment
lath in large scale architectural projects.

WCTE 2016 e-book | 5999

Figure 23: ri shell seen rom one o the oun ation si es
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APPLICATION OF INNOVATIVE ENGINEERED DRIVEN TIMBER
PILES AT ARARAT WINDFARM TERMINAL STATION
Fran Al r ht1 and Brian M Carthy2
ABSTRACT: The Ararat Terminal Station (ARTS) is located 190km to the north-west of Melbourne, approximately
1.7km to the north of Elmhurst Township in the Pyrenees region of western Victoria, Australia. The site occupies an area
of approximately 7.2 hectare of farmland. The electricity generated by the new Ararat Wind Farm is directed to the ARTS
terminal station before being connected to the grid. The ARTS structural design includes more than 180 steel yard support
structures, three 25m-tall gantry ‘A’ frames, three modular control room buildings, a precast transformer bund, precast
fire wall structures and related foundation design. Innovative driven engineered glue laminated timber (glulam) piles in a
cruciform shape were used to reduce the foundation construction time, cost and the amount of concrete used in the project.
It is the first time that engineered timber piles made from farmed Australian pine trees have been used in a large-scale
environmentally friendly project.
Durability of the timber was achieved by H5 treatment and the use of reinforced concrete pile caps to protect the cruciform
timber piles at the ground line. A pile-driving sequence was developed based on field trials. The vertical and lateral load
capacities of the piles were estimated by using engineering principles and from full-scale tests in the field. This paper
provides an overview of details of engineered timber cruciform piles, durability of timber piles, design information, pile
construction procedures, pile-driving procedures, the testing protocol, test results and validation. In addition, potential
future applications of similar systems in other infrastructure projects, and opportunities for future improvements are
discussed.
KEYWORDS: Glulam Timber Piles, Engineered Timber, Cruciform Timber and Driven Timber Piles

1 INTRODUCTION 123
The Ararat Terminal Station (ARTS) is located 190km to
the north-west of Melbourne, approximately 1.7km to the
north of Elmhurst Township in the Pyrenees region of
western Victoria, Australia. The site occupies an area of
approximately 7.2 hectares surrounded by farmland. The
electricity produced by the new Ararat Wind Farm is
transmitted to the ARTS terminal station. The ARTS
structural design includes more than 180 steel yard
support structures, three 25m-tall gantry ‘A’ frames, three
modular control room buildings, a precast transformer
bund and precast fire wall structures. (See (Figure 1).
Preliminary geotechnical investigations recommended
conventional deep piling systems such as bored piers,
driven concrete or steel piles or steel screw piles.
However, the steel pile option could not be used in the
vicinity of the high voltage installations, owing to stray
currents and the associated risk of electrolytic corrosion.
One of the project’s critical milestones was to have the
footings for the yard support structures completed within
1

Frank Albrecht, Director, Albrecht Engineering
frank@albrechteng.com.au
2
Brian McCarthy, Meyer Timber, Australia
brianm@meyertimber.com.au

three weeks. Initially, conventional concrete bored piers
were considered, as recommended in the geotechnical
investigation. However, bored pier construction involves
soil auguring, spoil removal, reinforcement placing and
concreting. Due to the remoteness of the site, and
transportation and logistics problems such as a limited
number of concrete trucks being allowed on to the site
during the construction period, conventional concrete
piers would have been a challenge to construct on this site.

Figure 1: rarat erminal tation uring construction

As an alternative, an innovative concept of using driven
engineered glulam timber piles, each in a cruciform shape,

WCTE 2016 e-book | 6001

(see Figure 2 and Figure 3) was implemented. This
solution also provided the benefits of reducing the footing
construction time, as well as overall construction costs.
Moreover, this approach was preferred as an
environmental friendly, low-carbon solution. Ultimately,
560 tonnes of concrete were replaced by 52 tonnes of
timber in this project.

concrete pile cap, while the moment capacity was
developed from both the pile cap and the timber pile.
Because of time constraints, instead of using treated
timber in the driving trials, untreated timber was used,
prior to making the bulk fabrication order for the whole
project. The soil stiffness was much greater than expected
and pre-drilling was required. An on-site pull test was
conducted to verify the lateral performance of the timber
piles and connections. Excellent results were obtained
from the testing.
This paper provides an overview of details of engineered
timber cruciform piles, durability of timber piles, pile
construction procedures, pile-driving procedures, the
testing protocol, test results and validation. In addition,
potential future applications of similar systems in other
infrastructure projects, and opportunities for future
improvements are discussed.

Figure 2: re a ricate cruci orm tim er piles eli ere an
store on-site

The cruciform engineered timber pile concept was
proposed by James Murray-Parkes, the Science and
Engineering Director at Brookfield Multiplex
Engineering Innovations Group (BMEiG), Melbourne,
Australia, where this paper’s first author contributed to
the development, both in design and field trials. The
concept was then filed as Australian Intellectual Property
by Meyer-Parkes Innovations Pty Ltd [1]. During late
2015, the first author was engaged by Citipower and
Powercor, Melbourne, to develop a detailed design, as
well as construction procedures, for the ARTS terminal
station.
The majority of the support structures for the equipment
and lines above ground level at the ARTS terminal station
were subject to bending and shear actions with
insignificant axial loading. The following items were
considered in the detailed design stage:







Timber pile-driving procedures
Durability of the timber
Connection to above-ground structures
Pile lateral load capacity
Pile vertical load capacity
Pile rotation and deflection performance.

Geotechnical investigation reports indicated that the soil
was suitable for pile driving. H5 treatment was
recommended for the piles, considering the project lifetime and the importance of the structures. Owing to the
lack of existing literature on the subject, direct
connections between the timber piles and the steel yard
support structures were not possible. Cast-in steel anchor
bolts are generally used for cast in-situ concrete bored
piles. Therefore, a reinforced concrete pile cap was
proposed, to allow for cast-in steel anchor bolts while
providing additional durability protection to the timber
piles at the ground line. The lateral capacity of the
foundation was developed from the upper part of the

Figure 3: ri en tim er piles or the
-tonne trans ormer
oun ation an un e ore the concrete ra t as poure

2 DESIGN METHODOLOY
The engineering design included the following:
 Structural capacity
 Geotechnical capacity during installation and inservice
 Timber durability
 Reinforced concrete pile caps
 Cast-in anchor bolt connection details.
The overall quantity of piling material and the installation
costs were minimised during the design process. The
following items were considered:
 Cruciform cross-section dimensions
 Pile length
 Pre-drill hole diameter and depth
 Connection details
 Pile-driving procedures
 Pile cap diameter
 Base plate size
 Bolting arrangements
 Concrete cover
 Construction tolerance.
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2.1 STRUCTURAL DESIGN
The structural capacity of the cruciform timber piles was
estimated using the Australian Standard AS1720.10
(2010) “Timber Structures Part 1: Design methods” [2].
2.1.1 A ial Ca a ity
The piles supporting the heavy structures such as the
transformer were designed for primarily axial loads. Glue
laminated timber (glulam) with a Stress Grade of GL13
was used. Its characteristic compressive strength is
26MPa.
2.1.2 Lat ral Ca a ity
The majority of the structures in the terminal station
supporting equipment and lines above ground level are
subject to bending and shear actions with insignificant
axial loading. The lateral capacity was developed from the
upper part of the pile cap, while the moment capacity was
developed from both the pile cap and the timber pile. The
bending moment in the timber piles was checked using the
above-mentioned Australian Standard.
2.1.3 Cast in St l An hor Bolt D si n
The cast-in anchor bolts were designed and detailed in
accordance with Appendix D of the American Concrete
Institute (ACI) 318-05 [3] and Australian Steel Standard
AS 4100 [4]. Additional steel reinforcement details were
provided as suggested by Widianto, et al, “Design of
Anchor Reinforcement in Concrete Pedestals” 2007 [5],
considering the following strength parameters:
 Break-out strength
 Pull-out strength
 Side-face blowout strength
 Pry-out strength.
The structural details of the timber piles, the reinforced
concrete pile caps and the M24 Grade 8.8 cast-in holddown bolts are shown in Figure 4 and Figure 5.

Figure 5: Typical structural section details of the cruciform
timber pile with reinforced concrete pile cap

2.2 GEOTECHNICAL DESIGN
2.2.1 G ot hni al aram t rs
Geotechnical parameters were derived from the two site
investigation reports, and confirmed by additional on-site
geotechnical testing including Dynamic Cone
Penetrometer, Pocket Penetrometer and Shear Vane
testing. The site is identified on the Geological Survey of
Victoria BALLARAT Sheet (1:250,000) as being located
within the Province of Quaternary “Fluvial” comprising
gravel, sand and silt, which provides a surficial cover over
Devonian Granite bedrock. The design parameters used in
the pile design are presented in Table 1.
Table 1 Design parameters extracted from the
geotechnical investigation report

Where:

Figure 4: Typical structural details of the cruciform timber
pile with reinforced concrete pile cap

2.2.2 Pil a ial a a ity
The ground consisted primarily of Silty CLAY/Clayey
SILT. The material was considered as a clay, and friction
and end-bearing parameters were estimated using
conventional methods; however, the friction component
was reduced to take account of the high silt content.
2.2.3 Pil lat ral a a ity
The lateral capacity was based on Broms’ method
(Broms, B. B., “Design of laterally loaded piles”, Journal
of the Soil Mechanics and Foundations Division:
Proceedings of the American Society of Civil Engineers.
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May 1965) [7]. This is a simple method that has been
proven to be reliable in many studies.
2.2.4 D l tion and rotation
Pile deflection and rotation were estimated using the
method given in Broms [7].
Under the ultimate load of 80kN-m, a lateral deflection of
13mm was calculated, with a rotation of 0.75 degrees. The
design inputs were as follows:
 Soil Young’s Modulus: 11,200kpa
 Cu = 200kpa
 Poisson’s ratio: 0.38
 Density: 20kN/m3
2.3 DESIGN FOR DURABILITY
2.3.1 Tim r tr atm nt
The piles were treated for in-ground use with Copper
Chrome Arsenate to a level of H5 for a design life of 50
years (AS1604, 2000) [8]. For isolated piles, the usual
practice of providing additional protection from fire,
termite attack and from extremes of moisture variation by
embedding the pile tops in a reinforced concrete pile cap
was followed. In the cases of axially-loaded pile groups,
the reinforced concrete raft cast over the piles provided
additional protection to the timber.
2.3.2 Con r t il a
The cast in-situ reinforced concrete pile caps were
designed for a life of more than 50 years, using concrete
with a compressive strength of 32MPa and cover of
75mm. The ground conditions on this site were assessed
as non-aggressive to concrete. The majority of the pile
caps were 750mm in diameter and reinforced as shown in
Figure 4 and Figure 5. For the structural design of the
pile cap, the Australian Standard “Concrete Structures”
AS 3600, 2009 [9] was used. Additional reinforcement
was added as confinement for the cast-in hold-down
anchor bolt.

3 MATERIAL, FABRICATION AND
TREATMENT
3.1 TIMBER
The timber used for fabricating the cruciform piles was
Pinus Radiata, grown in Victorian plantations. Meyer
Timber, from Dandenong, near Melbourne, sourced the
timber and supervised and coordinated the fabrication
with Warrnambool Timber, located 144km south of
Ararat. The fabrication of the piles in the factory is shown
in Figure 6. The cruciform dimensions, pile cap diameter
and timber length were determined by required structural
and geotechnical capacities. For economy, standard
glulam element sizes were used for the fabrication:
110mm glulam blades were glued together to obtain
410mm x 410mm x 110mm overall cruciform sections.

Figure 6: Cruciform timber pile prefabrication in the factory
at Warrnambool Timber

3.2 ADHESIVE
Polyurethane adhesive was used to laminate the 120mm x
32mm boards into planks and Techniglue R70, a biobased product with Techniglue H70 hardener [10], was
used to fabricate the planks into cruciform sections.
3.3 TREATMENT AND FABRICATION
The timber was kiln-dried, vacuum-pressure-treated with
CCA, kiln-dried again, machined, glued together into
planks, machined to thickness and then fabricated into the
cruciform section. The CCA treatment to Level H5 is the
standard treatment for in-ground structures.

4 CONSTRUCTION PROCEDURES
4.1 PILE DRIVING
Initially, pile-driving trials were carried out on-site using
a 3-tonne hydraulic hammer. Piles could not be driven
through the very hard surface soils without pre-drilling.
Early trials resulted in the timber failing after continuous
hammering with the 3-tonne ram falling 1200mm. Zero
penetration was achieved after 30 minutes of continuous
hammering. Longitudinal splits started to appear at the
toe, and propagated up the full length of the pile, as
hammering continued, as seen in Figure 7. Crushing and
splitting also occurred at the toe of the pile, as illustrated
in Figure 8.
Partial pre-drilling was then adopted for all production
piles. A 300mm diameter pre-drill hole of up to two-thirds
of the pile depth was drilled before driving each pile.
Excellent results were obtained with this method. The
piles advanced typically at 8mm per blow, using the 3tonne hammer, falling 0.6m. Slower driving rates would
have negatively affected the project cost and program.
The pre-drilling thus allowed for reasonable installation
rates without significant pile damage or compromising
pile capacity. Limited cracking did occur on some piles
within the top 0.5m. These piles were considered
acceptable, as the cracks were located well within the
zone of confinement of the reinforced pile cap.
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The following procedures were developed:
1.
2.
3.
4.
5.
6.

Survey, locate and label
Pre-drill 2/3 of the depth of the pile and leave the
loose spoil in the hole
Drill 750mm-diameter, 1.2m-deep, bore-hole for
concrete pile cap
Pitch the cruciform timber pile
Drive the timber pile to the required depth
Record the driving set.

Figure 9: Cruciform timber pile is pitched in a pilot hole
before driving. Pre-drilling rig in the background.

4.2 PILE CAP CONSTRUCTION
For the laterally-loaded piles, the 750mm-diameter pile
caps (Figure 10) were bored prior to driving the piles. The
bottom of each hole was cleaned prior to placing the pile
cap reinforcing steel and hold-down bolts. The following
procedures were developed for pile cap construction:
1.
2.
3.
Figure 7: Splits in trial pile under extreme driving conditions
with no pre-drilling

The piles in the 300-tonne transformer raft were driven
below the working surface, and a shallow over-sized borehole was drilled to accommodate the piling helmet, in
addition to the usual pre-drilling. Pile-pitching and predrilling operations can be seen in Figure 9.

4.
5.
6.
7.
8.

Clean the bottom of the bore hole drilled for the
pile cap (Figure 10)
Place reinforcement (Figure 11)
Place steel formwork for the part of the pile cap
that extended above ground level
Attach cast-in hold-down anchor bolts
Survey and locate the cast-in anchor bolts
Pour and vibrate the concrete
Vibrate and trowel the pile top
Remove the formwork the next day (Figure 12).

Figure 10: A driven cruciform timber pile showing the
excavation for the concrete pile cap
Figure 8: Damage to the toe of the trial timber pile after
attempting to drive without pre-drilling
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Ultimate side friction = alpha x Cu

The axial capacity of the pile cap was ignored. The axial
capacity of 4.0m-deep piles was estimated as 417kN. Piledriving parameters were measured and recorded for all the
piles. This enabled the uniformity of the ground
conditions across the site to be demonstrated.
Only a small proportion of the piles are designed for
significant axial loading, compared with the bulk of the
piles that are subject to mostly lateral loading. The
axially-loaded piles are also incorporated into a reinforced
concrete raft system, which provides additional vertical
capacity.
Figure 11: Cruciform timber pile is driven in a pre-drilled hole
and pile cap reinforcement is placed prior to concreting

The actual installed capacity of the piles was verified by
the Hiley formula, based on the following parameters
measured during pile-driving: Hammer Drop, Temporary
Compression and Set per Blow. The ultimate capacity of
4.0m-deep piles was verified as 1,024kN, indicating a
Factor of Safety of 2.6. Accordingly, it was considered not
necessary to use more sophisticated dynamic pile-driving
analysis.
.2 LATERAL LOAD
.2.1 Lat ral load t st s t u and t stin

Figure 12: Reinforced concrete pile cap with cast-in holddown anchor bolts

ro dur s

A full-scale lateral pull test to assess the structural and
geotechnical performance of a timber pile was carried out
on the site. The test pile, pile cap and cast-in anchor bolt
assembly was designed for an ultimate limit state lateral
load of 10kN and a moment capacity of 80kNm. An 8metre-long 200mm x 9mm wall thickness Square Hollow
Section (SHS) was bolted to the cast-in hold-down bolts,
to act as a lever. A 25mm-thick base plate was welded to
the SHS to facilitate this connection and stiffened with
gusset plates, as shown Figure 13.

ON SITE TESTING
Full-scale lateral proof load tests were carried out on the
site to assess the performance of the pile cap and holddown bolt assembly. Ultimate axial capacity was assessed
from the pile-driving parameters: set per blow, temporary
compression, hammer mass and height of hammer drop.
Integrity of the driven timber piles was one of the major
design concerns and therefore, a test pile was driven
where a future deep excavation would be undertaken as
part of the project. The pile was later exhumed and
carefully inspected once the lateral load test was
completed.
.1 VERTICAL LOAD
The ultimate axial load capacity was estimated, based on
the following parameters:
 Bearing capacity factor Nq = 9
 Cu = 200kPa
 Ultimate end-bearing = Nq x Cu
 Alpha = 0.35

Figure 13: Base plate of the test lever arm bolted to the cast-in
anchor bolts

The lateral load was applied in increments via a winch
cable, as shown in Figure 14.

WCTE 2016 e-book | 6006

The load was fully released after the 25kN (6kN Vertical
and 25.1kN Horizontal) increment to investigate any pilesoil creep. At zero load, the residual horizontal deflection
was 1.5mm, the rotation of the cap was 0.13 degrees and
the 8m-high column/lever arm was permanently curved
(yielded), with a horizontal offset of 328mm at the top.

A force link (load cell) was used to measure the force in
the cable. Retro-reflective targets were placed along the
lever arm at 1m intervals to measure the deflected shape
of the lever arm. Three more targets were placed on the
pile cap for measuring the pile lateral movement and
rotation. Total station survey equipment was used to
measure all the retro-reflective targets following the
application of each load increment. The rotation of the
pile cap was also measured using a 4m-long spirit level
attached to the pile cap, with vertically positioned scale
rules at each end. The readings were taken from a safe
distance (about 10m) using a telescope.
The lateral deflection of the pile cap was also measured at
the top and just above ground level, using dial gauges
graduated to 1/100mm, connected to reference beams.
The load was applied in regular increments: 5, 15, 20 and
25kN, and then backed off to zero, before continuing to
ultimate failure. The retro-reflective targets were
measured at each step. The results are presented in the
following sections.
.2.2 R sults
A plot of measured tip load versus measured tip
displacement is shown in Figure 15. The structure
behaved almost linearly up to 15kN (3.5kN Vertical and
14.5kN Horizontal). Non-linear behaviour started beyond
15kN tip load.

Pole deflection profile

9

26kN

20kN

11kN

7

25kN

15kN

3.5kN

8
Targets along the steel pole (1m interval)

Figure 14: Lateral pull test of cruciform timber pile

The deflected shape of the 8m-high column up to the
25kN load step is shown in Figure 16. The steel lever arm
started to yield close to the base plate connection at 20kN
tip load. The structure sustained up to 27kN tip load
before failure. The mode of failure was cracking in the
concrete pile cap, followed by pull-out of the cast-in holddown bolts. Cracking initiated at a load of approximately
15kN (3.5kN V and 14.5kN H). The first crack ran
horizontally along the surface of the pile cap between the
two tension hold-down bolts.
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Figure 16: Test results – the deflection profile of the lever arm
for each load step

The cracks were then observed to propagate down the
sides of the pile cap adjacent to the tension bolts as the
load increased. The concrete started to crack in a wedge
(cone) shape and then the wedge spilt prior to the bolts
pulling out, as shown in Figure 17.

Load Vs Pole Tip Displacment
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Figure 17: Cast-in anchor bolt connection failure – visible
concrete wedge failure
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Figure 15: Test results – tip load versus displacement plot

The load was taken up to 26kN again, and the cracks were
observed to increase, with a split cone pattern on the sides
of the pile cap at each tension bolt. The last set of readings
was taken at 26kN. The dial gauge horizontal reading was
6.4mm and the cap rotation was 0.5 degrees. Failure
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occurred suddenly when the load was taken above 27kN.
The two tension hold-down bolts started to pull out
(Fi ur 1 and the load dropped off. The bolts pulled out
completely under reduced load. The base nuts were intact,
but vertically scored.

Figure 20: Bottom of the cruciform timber test pile after
excavation, showing negligible damage to the timber

Figure 18: Cast-in anchor bolt connection failure

The test pile was driven where a deep excavation would
be made for an oil-containment tank called a Puraceptor,
as shown in Figure 19. This provided a rare opportunity
to inspect the soil around and below the toe of a driven
pile. Fi ur 2 illustrates the integrity of the bottom of
the timber cruciform pile after driving and testing for
lateral capacity. No damage was recorded in the timber
pile or the concrete pile cap except for cracking associated
with the pull-out failure of the hold-down bolts.

After removal of the test pile from the excavation, the
remaining soil around and below the pile toe was
observed. This soil was below the level disturbed by predrilling, and appeared in a compacted state, due to the
pile-driving. Interestingly, a pattern of cracks was visible
in the soil, consistent with a compression bulb around the
pile toe. Fi ur 22 shows the imprint of the pile in the soil
at a depth of 4m.

Fi ur 21 shows a hole in the concrete pile cap where an
anchor bolt pulled out. The mode of failure was side-face
blowout with local crushing under the bolt head, spalling
of the concrete cover and spalling between the spiral
reinforcing bars (500MPa grade, 12mm deformed bars at
75mm pitch).

Figure 21: Reinforced concrete pile cap exposed after
excavation, showing the hold-down bolt pull-out failure

Figure 19: Puraceptor excavation enabled removal of the
driven pile for inspection.

Figure 22: Footprint of the cruciform timber pile embedment
at 4m depth – compressed soil is visible after excavation
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The summary of important geotechnical design
parameters estimated based on engineering principles are
compared with the test results in the Ta l 2.

installed at a reasonable rate and to avoid damaging the
timber. However, in projects with weaker soil conditions,
pre-drilling could be avoided and so a more-cost-effective
driving procedure could be used.

Table 2 Summary of engineering geotechnical design
parameters versus test results

The authors believe that depending on the soil conditions,
the application of this type of pile is possible for low-rise,
medium-rise and high-rise buildings which require
footings similar to those of the ARTS transformer bund,
where a raft slab footing was constructed over timber
piles. A basement or ground floor slab could provide
additional protection when treated timber piles are driven
beneath them.

Design
parameter
for
cruciform
timber pile

Capacity
estimated
based on
engineering
principles

Estimate
from field
parameters
and testing

Comments

Axial load

417kN

1024kN

satisfied

Lateral tip
load

10kN

26kN

satisfied

Base
moment
capacity

80kNm

208kNm

satisfied

DISCUSSION
The results of the tests are considered satisfactory:
 Cracks in the reinforced concrete pile cap first
appeared at a lateral tip load of 15kN lateral tip
load (120kNm overturning moment). Just before
failure, the tip load was 25kN (200kNm
overturning moment at the base).
 The design ultimate overturning moment was
80kNm, providing 66% utilisation. The axial
load component was insignificant compared to
the overturning moment.
 The overall deflection measured in the structure
cannot be directly compared with the design
limit due to the difference in the stiffness factors.
However, the overall deflection contribution
from the rotation of the pile was negligible and
much less than the design estimate. Similarly,
the contribution of the pile to lateral deflection at
the tip of the pole was also negligible. The
measured values of lateral deflection and
rotation were 6.4mm and 0.14 degrees
respectively.
Durability of the timber cruciform pile and the connection
details were major concerns during the design stage.
Where hold-down anchor bolt connections were required,
pile caps were constructed, providing additional
durability protection.
The timber piles installed under the raft footings
(transformer bund) did not require moment connections,
and the construction time was significantly less than for
conventional bored piles.
The soil conditions on the site were stiffer than expected,
and pre-drilling was introduced to enable the piles to be

If the concrete pile caps could have been omitted, the
construction time and costs would have been significantly
reduced. However, this would have required a direct
connection between the steel structures and the timber
piles, as well as proven ground-line durability of
engineered timber using standard treatments. These are
areas for future research.
Another possible area for research is the hold-down bolt
design. It is postulated that more closely spaced, largerdiameter, helical reinforcing and additional longitudinal
reinforcing would have increased the pull-out capacity of
the bolts above the failure load of 276kN per bolt, up to
their ultimate material tensile capacity of 375kN.

CONCLUSIONS
An innovative cruciform glulam timber driven pile system
has been successfully implemented in a Windfarm
Terminal Station in Victoria, Australia. Structural and
geotechnical performance was verified using both design
principles and field testing.
Timber durability was addressed by treating the timber
and encasing the pile heads in reinforced concrete pile
caps to a depth of 1,300mm below ground level. The
reinforced concrete pile caps were also used as
conventional connection interfaces.
The authors believe that a similar system could be
applicable in other infrastructure and building projects.
However, to make this sustainable piling approach a
reality, research and development will be required in the
following areas:




Durability of engineered timber piles at groundline
Simplified details for connecting the steel
support structures to the timber piles and
Identifying suitable geotechnical conditions.
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STATUS OF CROSS-LAMINATED TIMBER IN NORTH AMERICA
Omar Espinoza1, Urs Buehlmann2, Maria Fernanda Laguarda-Mallo3, Vladimir Rodríguez
Trujillo4
ABSTRACT: This study surveyed experts on Cross-Laminated Timber (CLT) on their perspectives about research with
the most positive impact on the advancement of CLT as building material in North America. Results from this study
show that CLT experts in North America believe that architects are relatively well informed about CLT compared with
other construction professionals, where awareness of CLT is low. The most important barriers to the adoption of CLT in
North America are: the existing misperceptions held by building industry professionals about wood, and thus about CLT;
the missing technical information about CLT as a building system; and the compatibility of CLT with the building codes.
Research is most urgently needed to further evaluate CLT's seismic and fire properties, and the performance of connectors
and fasteners employed in CLT buildings.
KEYWORDS: Cross-Laminated Timber, CLT, engineered wood products, awareness, research needs

1 INTRODUCTION
Cross Laminated Timber (CLT) has emerged as a truly
innovative building system during the last two decades.
CLT uses large-format, solid timber panels that act as a
building segment and can be easily assembled at
construction sites [1]. CLT panels are glued together
crosswise, using thick, solid wood layers, thereby
resembling some of plywood’s characteristics. CLT
panels are made with kiln dried, visually-graded or
machine stress-rated lumber, and possess good rigidity,
stability, and mechanical properties with a wide range of
possible applications [2]. CLT panels also allow
producers to build-in openings for windows and doors, or
to create service channels at pre-determined locations to
allow supply lines to be installed. These panels can be
manufactured
using
traditional,
albeit
large,
woodworking equipment.
Once shipped to the
construction site, panels can be installed, connected
together with metal connectors, and be protected against
the elements in an efficient manner [3].
Due to its structural characteristics, Cross-Laminated
Timber gives architects and engineers a large degree of
design freedom. The material also enables design
professionals to cover long spans without support without
compromising the structural integrity of a building [4, 5].
CLT also possesses favourable properties in respect to
earthquake performance [6, 7] and does perform well
___________________________
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under fire situations, thanks to the layers of char that form
at a predictable rate and delay the consumption of load
carrying wood mass [8]. Also, CLT, being made of wood,
possesses many desirable environmental characteristics,
when compared to traditional building materials [9-12],
among them lower embodied energy than concrete-based
buildings, less ozone depletion and global warming
potential, and less eutrophication [13-15].
CLT, has been used for over 20 years. More recently, it
has been used and proposed for tall buildings, such as the
Stadhaus in London by Waugh Thistleton (9 stories) [16,
17], the Forte in Melbourne (10 stories) [18, 19] or the
Wood Innovation Design Center in British Columbia by
Michael Green Architecture (9 stories) [20]. Skidmore,
Owings & Merrill, an architectural firm located in the
U.S., has designed a conceptual 42-storied building, using
CLT as a major component of the construction system
[21]. Figure 1 shows a visual representation of this
conceptual design. The U.S. government has launched a
competition, with a prize of $3 million to the design team
that “…safely design, specify, and construct a building of
a minimum of eighty feet (80') in height […] in the U.S.
that can showcase the application, practicality, and
sustainability of innovative wood based structural
building solutions in tall building construction” [22, 23].
CLT structures in North America are not only being
proposed, but also executed. In Minneapolis, Minnesota,
a 7 story, 26-m tall office space building is currently under
construction (Figure 2). In Portland, Oregon, work is
under way on an 8-story mixed use building with CLT as
the main structural material. In Redstone, Alabama, the
first hotel built with CLT has been completed recently,
with great savings in labor and time reported (Figure 3);
and in Franklin, West Virginia, the first school building
made with CLT has been completed in January 2015.
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Figure 3: Candlewood Hotel, Redstone, Alabama
(http://goo.gl/oLT13J).
By 2016 the worldwide production of CLT is expected to
reach one million cubic meters (m3) [24, 25], with
production concentrated in Europe. North America's CLT
current production capacity is estimated at 110,000 m3 per
year (personal communication with company
representatives, March 10, 2015). While most of this
capacity is located in Canada. considerable investments
for over 110,000 m3 per year are being planned in the U.S.
for the near future [26-29]. Research estimates indicate
that the U.S. alone could use between 2.1 to 6.4 million
m3 annually, mostly for non-residential construction [30].
However, for this to happen, considerable changes are
needed in the International Building Code, some of which
were already included in the 2015 version of the code
[31]. Also, additional efforts are required to increase the
familiarity of enigneers, architects, contractors, and
developers with the new material and with the new
opportunities it enables [32, 33].
Figure 1: Conceptual design for 42-story CLT tower
(Skidmore, Owings & Merrill, LLP).

2 RESEARCH OBJECTIVE
This study was modelled after a recently conducted study
about major research needs for the advancement of CrossLaminated Timber in Europe [34]. The study investigated
major research needs to support the advancement of CLT
in North America. To accomplish this goal, an online
survey was sent to CLT experts in the United States and
Canada requesting feedback on the perceived awareness,
barriers to adoption, and research needs for CLT.
However, unlike the European study, this study was not
strictly sent to timber engineering experts but also
included industry representatives.

Figure 2: Seven story office building under construction
in Minneapolis, Minnesota
(http://www.startribune.com/).
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3 METHODS
The study used a web-based target survey approach
following Dillman’s tailored design methods for survey
design and implementation [35]. The questionnaire used
for a previous survey in Europe [36] was used as the
starting point for questionnaire implemented in this study.
The questions were adapted to the North American region
and reviewed by experts. The final version of the
questionnaire was developed and implemented from
Qualtrics, a web-based survey platform [37].
The survey's population consisted of all North American
experts on CLT, including researchers, consultants,
industry representatives, and engineers. Public sources
were used to create a list of 105 experts. The survey was
then conducted following Dillman’s Tailored Design
Method [35], with an introductory message and invitation
to participate, followed by two reminder emails after one
and two weeks from the initial mailing. The survey was
closed after another two weeks. Answers were
downloaded and analyzed with Microsoft Excel and SPSS
(Statistical Package for the Social Sciences). Descriptive
statistics were calculated, and qualitative responses were
coded and categorized for analysis.
Due to the sampling strategy used, the results from this
survey cannot be generalized [38]. Also, recall bias or the
subective nature of the responses apply to the results
presented in this manuscript [39].

Participants were allowed to make their own entry, which
resulted in "non-residential wood promotion," "research
management," and "sawmill expert."
While the contacts list contained approximately evenly
distributed numbers between the United States and
Canada (52 percent and 48 percent, respectively), 66
percent of the responses were received from individuals
in the U.S. While Quebec Province contributed 50
percent of all responses obtained in Canada, and thus did
not follow the geographic distribution of contacts in
Canada originally assembled. Responses from the U.S.
followed the geographical distribution of the original
contact list quite closely.
4.3 PERCEIVED LEVEL OF AWARENESS
The survey inquired respondents about their perception of
the level of awareness about CLT among architects,
engineers, contractors, construction managers and
developers. Table 2 shows summarizes the answers to
this question.
Table 2: Level of awareness about CLT among construction
professionals, as perceived by respondents.

Profession
Construction
managers

Level of awareness
Very
Very
Low
High
low
high
--- percent of respondents --70.2

29.8

0.0

0.0

4 RESULTS AND DISCUSSION

Contractors

78.7

19.1

2.1

0.0

4.1 IMPLEMENTATION AND RESPONSE RATE

Developers

66.0

34.0

0.0

0.0

Architects

4.3

53.2

38.3

4.3

Engineers

8.5

76.6

12.8

2.1

The survey took place between July and August of 2015.
Out of a total sample population of 105, the survey
resulted in a total of 47 usable responses for an adjusted
response rate of 46.1 percent.
4.2 RESPONDENT CHARACTERISTICS
Table 1 lists the professions listed by respondents.
Multiple selections were possible. Most respondents
reported being engineers or researchers (42.6 percent)
followed by educators (21.3 percent) and manufacturers
or distributors (19.1 percent).
Table 1: Professions reported by respondents. Multiple
selections were possible.

Profession
Engineer or researcher
Educator
Manufacturer or distributor
Consultant
Architect
Builder
* Multiple selection possible

Percent of respondents
42.6
21.3
19.1
10.6
2.1
2.1

Responses from the 47 participants in the survey indicated
that the level of awareness, is low or very low for all
professions except for architects. Almost 43 percent of
respondents indicated that, in their view, architects have a
high or a very high level of awareness, as opposed to
engineers, of which only 15 percent of respondents
indicated that they have a high or a very high level of
awareness.
According to the survey participants,
contractors are the least aware of CLT, with 79 percent of
respondents indicating that they have a very low level of
awareness. Those findings are in-line with findings by
Laguarda-Mallo and Espinoza [33] who studied U.S.
architecture firms and found that 38 percent and 4 percent
of 351 architects responding they are somewhat and very
familiar with CLT, respectively.
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For the North American forest products industry,
awareness is of primary concern as CLT is seen as a way
to grow their market and make wood a more relevant
material for commercial buildings. Since arguments for or
against a particular building material can only be made if
the party in question is aware of that material, the forest
products industry thus has to undertake serious efforts to
promote the awareness of CLT to construction
professionals and private customers.
4.4 Research Needs
The survey asked participants to rank research needs to
support the evolution and adoption of CLT in order of
importance. The 10 preselected topics ranged from
"Structural performance of CLT panels," "Moisture
performance," "Environmental performance," "Thermal
performance,"
"Acoustic
performance,"
"Market/customer research," "Connectors and fasteners,"
"Seismic performance," "Fire performance," and
"Vibration performance." Responses were then ranked
based on their respective position based on frequency in
the hierarchy of the ten topics as "Very high priority (first
and second ranked)" to "High priority (third and fourth
ranked)" to "Medium priority (fifth and sixth ranked)" to
"Low priority (seventh and eight ranked)," with "Very
low priority (ninth and tenth ranked)" being the least
important. When responding to the survey, respondents
were directed to place the listed research priorities in only
one raking position. Using this rationale, the highest
ranked research priorities were assigned to "seismic
performance" by the respondents, followed by
“connectors and fasteners,” and “fire performance.”
Surprisingly, “market/customer research” was ranked as
the least important area in need of research, indicating that
respondents are more concerned about technical issues
rather than marketing issues. It can be speculated that this
selection is being influenced by the professional activity
and/or the education of the respondents, which most likely
is more focused on technical aspects of building
construction rather than the marketing side.
4.5 Other Comments

5 SUMMARY
Cross-Laminated Timber (CLT), a material introduced to
Europe in the 1990s, is being discovered in North
America. This promising engineered wood material
combines advantages of wood (e.g., sustainability, low
weight, ease of manufacturing, longevity) with the
advantages of traditional materials, such as concrete or
steel (e.g. mechanic and seismic performance). In
essence, massive, large-format multi-ply panels of solid
wood can be used as walls, slabs, or roofs, allowing for a
large degree of design flexibility and the use of wood for
high rises. These reasons, among others, have led to a
large interest in CLT by building professionals and to a
remarkable growth in use of this building system. To
better understand the situation, this study surveyed
experts on their opinion on the most pressing research
needed to support the further advancement of CLT in the
U.S. and Canada.
In the summer of 2015, the study surveyed 105 experts
and stakeholders on CLT in North America, soliciting 47
usable responses for an adjusted response rate of 46
percent. Results from this study include the suggestion for
an increase in educational efforts to increase the level of
awareness of CLT by building professionals throughout
North America. This would hopefully lead to increased
use of CLT as a building material and should also support
the development of the CLT building construction system,
leading to wider acceptance by building professionals and
the public. In that respect, the implementation of
successful demonstration projects as being pursued right
now will support the growth and prosperity of the
evolving CLT industry in North America. Specific
research needs in the area of seismic performance,
connectors and fasteners, and fire performance need to be
addressed, too. Creating awareness and familiarity
together with good technical information for users of this
new technology will hopefully make CLT one of the
major structural systems used in North America soon.
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Not surprisingly, the answers received ranged from the
need for government support, the need for better
assessment of the economic impact of a growing CLT
industry, to the need for better education for North
American building professionals. Several respondents
also indicated the need to build demonstration projects to
be able to better promote the cost competitiveness,
quality, and reliability of CLT technology to potential
customers. No agreement was reached as to who should
pay for such demonstration projects, with some indicating
that this is the government's responsibility. Government
support was mentioned several times, with demands that
the government creates financial incentives and/or
broadens funding for research and development.
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CASE STUDY OF UBC BROCK COMMONS - CONSTRUCTION DETAILS
AND METHODS
Nathan Bergen

ABSTRACT: Cost effective details and time efficient methods are key to achieving successful implementation for any
project. In this paper, details and methods pertaining to high-rise wood construction are analyzed for their effectiveness;
The University of British Columbia’s Brock Commons is the case study. A full-scale mockup was constructed in
August of 2015 to put to test the details thought to have the best chance for success. We will look at both the details
tested in the mockup as well as some of the alternative ideas. As we examine the structure in more detail, a common
theme can be recognized: simple and effective. With that comes efficiency in both labor and materials. The ease at
which this structure goes together, speaks to a promising future for wood in high-rise construction.
KEY WORDS: UBC Brock Commons, high-rise, details, methods

1 INTRODUCTION
The Brock Commons site is situated on Walter Gage
road on the northwest corner of UBC’s point grey
campus. The end use for this building is student
residences. There will be approximately 408 beds, 24 per
floor, broken into single and shared suites; each person
will have about 250 square feet to call their own. Small
living spaces lend them selves to short spans, which
allowed the final structural design to be possible.
What is currently known about the UBC Brock
Commons project is best studied by analyzing the
erected mockup. In it contains all of the lessons learned
to date; lessons that thread through design, drafting,
budget, schedule, procurement and erection. With all that
is learned, there will be few hurdles left to jump once the
project goes ahead.

2 MOCKUP
The two-storey, 27’ 10 5/8” (8.5m) wide x 39’ 4 7/16”
(12m) long mockup is 1:1 in scale and incorporates some
typical connections and situations as well as some tested
alternative ideas. The concrete forms approximately 1/3
of one elevator core (when looking in plan view) and
footings for ten columns that simulate the 2nd floor
interface. All of the connection details tested were
governed by a guideline that stated no welding is to be
done on site after wood components arrive.
The objective here was of course to learn, to change
theories into facts. The team that was assembled treated
this like a real job, working towards meeting a schedule,
staying on budget and keeping within tolerances. Many
Nathan Bergen, Seagate Structures,
nbergen@seagateconsulting.ca
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glitches were discovered throughout the mockup
process, which led to changes in methods and design.

3 CONNECTION DETAILS
3.1 ANCHOR BOLTS
Seventy-eight sets of 4 anchor bolts must be located with
extreme precision. The method used in the mockup was
to wet set the anchor bolts. It was fast and there were no
complaints about accuracy. The method chosen for the
tower, however, is to drill and epoxy the bolts after the
concrete is placed. This will be done to ease the finishing
of the slab. The anchor bolts will be located very
accurately with a total station. The biggest concern with
this method is hitting rebar while drilling. Drilling
through rebar requires specialized bits and can easily
double or triple to amount of time it takes to reach depth.
This concern will be mitigated by roughly locating the
anchor bolts before pouring the slab and pulling the
rebar out of the way as much as possible.
3.2 COLUMN PEDESTAL
Leveling nuts are used to set the elevation. A zero
tolerance is targeted for the tops of the pedestals; a
perfect starting point will pay dividends later. The 4
leveling nuts at each column location will be set using a
total station. Once target elevations are achieved the
pedestal will be installed and clamped down using four
more nuts (figure 1). One last check will be performed
with the total station, this time to the top of the pedestal.
Fine tune adjustments will be made if necessary. Finally,
Grout will be placed under each base plate, up to a
maximum of 1” (25mm) thick, before any additional
weight is added. We will be on site before the first wood
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columns arrive to complete this work so we can hit the
ground running.

the concrete to assist us with holding it in place while we
tightened the bolts. More practice would have no doubt
improve our success, however, a different approach
became more attractive, the other approach being option
#3: Welding to embeds.
3.4.2 Option #2: Horizontal HBV
This option (figure 4) was a neat and tidy looking
concept but had too many unfavorable elements from a
constructability point of view. First, there was the HBV
mesh epoxied into the edge of the CLT panel. Installing
HBV on a horizontal plane would be difficult at best and
would create a bottleneck in CLT manufacturing.
Second, rebar protruding from the core would need to
penetrate the core formwork creating a lot of wasted
form ply and extra labor managing it. Third, there would
be additional labor needed on site to set up, take down
and move the support formwork from level to level. This
idea may have been manageable but certainly not
preferred.

Figure 1: Pedestal

3.3 L2 COLUMNS
The columns that sit on the second floor suspended slab
are unique. Each wood column has four threaded rods
epoxied into its bottom end that are then bolted through
the top plate of the pedestal (figure 1), both simple and
effective. The top end of the column is typical.
3.4 CLT TO CONCRETE CORE
A connection with high forces to be resolved left little
room for tolerances. There were three options discussed.
Figure 4: Composite CLT – concrete connection

Figure 2: Halfen channel

Figure 3: steel ledger

3.4.1 Option #1: Halfen Channel
Halfen channels (figure 2) were thought early on to be
the best method and were tested in the mockup.
Styrofoam filled halfen channels were embedded in the
concrete wall at approximate locations. Once the forms
were stripped the Styrofoam was removed. The steel
angle was then drilled, using ‘as built’ measurements,
and bolted to the halfen channels (figure 3). This concept
proved more time consuming than originally thought.
Some of the channels moved or twisted during concrete
placement causing some to fill up with concrete and
others to point off at an angle. Bolting the ledger on also
proved to be a slow operation even when the halfen
channels were positioned correctly. The ½” x 6” x 6”
(12mm x 150mm x 150mm) angle is quite heavy even in
short lengths and we ended up pinning a wood ledger to

3.4.3 Option #3: Welding to embeds
This was dismissed early on due to the “no site welding”
rule. The obvious reason was to mitigate any fire causing
agents. The other main reason was that if an elevation
error was made it would likely not be discovered until
just before the wood was installed and we would have
expensive down time. Welding was brought back to the
table after the halfen detail gave both the concrete and
wood installers problems. To stay as close to the “no
welding” rule as possible the support angles will be
welded in place after the concrete cores are erected but
before the wood arrives. A strict provision was made to
allow welding next to the mass timber should an error
occur.
3.5 COLUMN-TO-COLUMN
78 columns per floor multiplied by 16 floors means this
connection repeats 1248 times. It creates 80% of the
bearing for the CLT throughout the building and directly
impacts the elevation on each floor. Columns and CLT
both need to be installed quickly at this junction making
this is a crucial connection to get right. As with every
other connection there were several variations discussed
at the beginning; this connection was the most hotly
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debated. By the time the mockup was built the choice
had been narrowed down to three possibilities.
3.5.1 Option #1: Steel to Steel HSS
This was the first real winning solution. The top of each
typical column is outfitted with a 1” (25mm) steel plate
and 5” (125mm) diameter x 8-5/8” (215mm) long HSS
assembly that protrudes 2” (50mm) above the top of the
CLT above (Figure 5). Also attached to this top plate is,
four 5/8” (15mm) diameter rods, one in each corner. The
5/8” (15mm) rods will pass though 1” holes in the CLT
and be secured with nuts and a plate washer from above.
The bottom of each typical column is similar to the top;
a steel plate with a 3” diameter x 7” long HSS assembly
is fastened on. Starting at L2, the columns are all
plumbed and braced. Once the CLT panels for L3 are
landed a thin steel plate is placed over the 5” HSS and
5/8” (15mm) rods (figure 6). It acts as a washer for all 4
of the 5/8” (15mm) rods as well as gives backing for
peel and stick. Once the nuts have all been secured over
the plate washer the elevation of the L2 column is
checked. If too high an elevation, no adjustment will be
made as a certain amount of shortening is expected due
to compression and shrinkage. If too low an elevation, a
ring shaped shim is placed on the 5” (125mm) HSS to
bring it back to theoretical. After the L3 column drops
into position (Figure 7) there is a bolt installed to
connect the two columns, a ½” (12mm) bolt through a
5/8” (15mm) hole penetrating both HSS stubs.

Figure 5: partial connection

was the rods on the bottom of the upper column were in
opposite corners of the holes in the lower column. This
was a relatively easy mistake to fix but one that could be
avoided completely by simply drilling four holes in the
lower column.

Figure 7: connected columns

Figure 8: option #2 column

3.5.3 Option #3: Large column with bearing plate
A close variation of option #2 (figure 9), this option has
the same enlarged column dimensions. The difference
with this one is entirely where the columns join. Two
rods are epoxied to the top of the column. Once the CLT
is in place and screwed down a ¼” (6mm) plate is bolted
on top of the column. This ¼” (6mm) plate has a small
amount of sideways adjustability allowing corrections to
be made back to gridline. The bottom of the column has
two relief holes drilled in order to miss the rods sticking
out of the top of the column below. There are also four
rods epoxied on the bottom, one in each corner, that are
secured to the ¼” plate once the column is landed.

Figure 6: option #1 column

3.5.2 Option #2: Large column with dowels
Enlarging the columns was an effort to reduce the
amount of expensive steel connectors. The columns were
enlarged to 10.5” x 15” (265 x 380) from 10.5” x 10.5”
(265 x 265). The column tops would need to be cut down
to create a ledge for the CLT to rest on as well as create
a stub column that would continue up past the CLT
floor. Long screws would be driven through the top of
the CLT panel at an angle down into the column to make
a positive connection. The bottom of the column would
have two 5/8” (15mm) diameter rods epoxied in that
slide into two predrilled holes in the top of the column
below (Figure 8). Before that connection takes place a
steel shim is added to the top of the lower column. The
columns are intentionally left 1/8” (3mm) short to allow
for this steel shim. More shims may be required to fully
adjust the elevation but a steel interface is required here.
Also, before the 5/8” (15mm) rods are placed into the
holes, on the lower column, epoxy is installed to give
added strength to the connection. One problem with this
connection (that was discovered through the mockup)

Figure 9: Option #3 column connection

3.5.4 Detail Comparison
Because all three details were attempted on the mockup,
a comparison chart was put together to try to assess
which detail would be preferred (figure 10). All three
options had their own merits and all of them would have
worked. At the end of the day the decision to go with
option #1 was made easier due to it being part of the
CLT structural testing.

WCTE 2016 e-book | 6019

reactive to moisture. Looking at the mockup, after 9
months of weathering the LSL had swollen to ¼” (6mm)
thicker than it started. The reaction could be slowed if
the LSL was coated, however, the plywood performed
better in this regard. Fasteners were installed at 90
degrees to the spline.

Figure 12: Option #1 spline specs

Figure 10: Comparison Chart

3.5.5 The Chosen One
The chosen detail (option #1) allows a column to stand
freely, without bracing, when dropped into place (figure
5). Correct plumbing and rotation of the columns is
achieved quickly by using bracing and/or spreaders.
Once the columns are in place and the four rods on top
are oriented correctly, the CLT installs with ease. The
rods were a near problem during the mockup install as
the manufacturer failed to maintain quality during
production and shipping and the rods were bent when
they arrived to site. Once bent back, installation of the
CLT was smooth. This issue led to redesigning how the
steel piece was made. Instead of welding the HSS and
rods in place the HSS was bolted to the plate and the
four rods were threaded in. A plate washer template
(figure 5), described under option #1: steel to steel HSS,
will be shipped with the columns as an additional quality
control measure.
3.6 SPLINE
A selected structural material is let into the top face of
the CLT and fastened down along panel edges joining
two adjacent CLT panels together (figure 11). Although
this is a very simple connection there were a few
variations suggested.

3.6.2 Option #2: Super Thick
Option #2 specifications (figure 13) describe a very thick
spline material with a reduced on center spacing for the
fasteners. The extra amount of cutting by the CLT
manufacturer in addition to the expensive spline material
was not worth the reduction in screws and labor to install
them. 60% of the screws were also required to be
installed at a 45 degree angle. This spec adds a small
degree of difficulty when compared to installing screws
at 90 degrees.

Figure 13: Option #2 spline specs

3.6.3 Option #3: Glued
Option #3 specifications (figure 14) are very similar to
option #1. The main difference being adhesive added
between the spline and CLT on site. With the adhesive
this became the most expensive option. Applying
adhesive on site, especially a two part epoxy, should be
avoided whenever possible. It requires a higher degree of
training and oversight to ensure proper coverage and
installation are met.

Figure 11: Generic Spline

3.6.1 Option #1: Thicker Upper Levels
Option #1 specifications (figure 12) describe a 1”
(25mm) spline on lower levels and a thicker spline, made
of 1-3/4” (44mm) LSL, on the upper floors with a denser
fastening detail. This was the option tried on the
mockup. One drawback to using LSL is that it is very

Figure 14: Option #3 spline specs
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3.6.4 Final Blended Variation
The final detail combined options #1 and #3; 1” (25mm)
splines were made typical on all floors and fastener
density increased on the upper levels. Anker nails were
introduced to help with the speed of installation but also
helped with cost. The final fastener spec includes both
nails and screws. Another consideration was moisture
control. In the mockup we tried 3 different caulking
adhesives underneath the spline in an effort to stop
rainwater migration. Caulking proved ineffective so
SIGA waterproofing tape was implemented instead.

Figure 15: drag strap #1

Figure 16: Dywidag Bars

3.7 DRAG STRAPS
A long steel plate is screwed down to the CLT deck and
then anchored into the concrete core. Similar to the CLT
support angle there were a few variations discussed as to
how best to make this connection. Again, early on,
welding was not considered an option. This left a bolted
connection as the only real alternative. Two variations
were tried in the mockup while a third was created post
mockup.
3.7.1 Option #1: Dayton form savers
Dayton form savers are a piece of rebar with a female
threaded coupler on one end. Four of these per drag strut
were embedded in the concrete. Once the forms were
stripped, the couplers were located and cleaned of any
concrete film. Bolts would then fit through the end plate
of the drag strap and thread into the form saver coupler
(figure 15). This required a high degree of accuracy for
success and at the end of the day the accuracy wasn’t
easily achieved. Also, due to the high density of rebar at
the corners the form savers were directly interfered with.
3.7.2 Option #2: Dywidag bars
Two 2-1/4” diameter dywidag bars were set to protrude
from the concrete (Figure 16). The drag strap would then
simply bolt on later. The accuracy of this method was
easier to achieve and was almost the decided solution.

3.7.3 Option #3: Weld plate bolted to drag strap
Once the provision was made to allow welding on site it
just made sense to incorporate that into this connection.
To avoid welding next to wood a plate will be welded on
edge to embeds, before the wood arrives. The plate will
sit flush to the top of the CLT so that the drag strap can
slide over top of it. It will then be bolted to the plate with
two bolts (Figure 17).
3.8 PERIMETER ANGLE
To complete a typical floor structure, ½” x 5” x 5”
(12mm x 125mm x 125mm) steel angle is screwed down
around the perimeter of each floor (Figure 18). This
angle adds stiffness to the floor, acts as formwork for the
lightweight concrete topping and is used to connect the
envelope wall. A connection that serves three purposes is
always cost effective. The governing factor for placing
these angles is the connection to the envelope wall. The
approved connection left a small amount of adjustability
for the envelope wall and an even smaller tolerance for
the angle. Our target is +/- 1/8” (3mm) in every direction
which, if achieved, will leave about ½” (12mm) in each
direction for the envelope wall to adjust.
3.9 UNITIZED ENVELOPE WALL
A large format envelope wall was desired for it’s
expedient install. Enclosing a floor quickly allows the
next trades to begin their work sooner. It also helps
reduce liability for the insurance company, as there is
still much concern over damage to wood caused by
moisture. An RFP was issued and three unique proposals
were put forward; a wood framed wall (Figure 18), a
concrete wall and a steel stud wall. Each wall needed to
incorporate windows, exterior insulation and cladding all
preinstalled. A quick connection to the main structure
was also needed so that the envelope could keep pace
with the timber install. The benchmark dimensions of
each wall were approximately 9’ (2.75m) tall x 27’ (8m)
long. Cost was the largest driving factor and the steel
stud wall won the competition. The design and shop
drawing process has gone very slowly since the award
and as of May 18, 2016 these panels are still not in
production. This is important for the wood installer to
know as the requirement for encapsulation (described
later) could slow down or even stop the timber
installation in it’s tracks.
3.10 L18 COLUMNS
Another set of unique columns will sit on top of the
highest floor. The bottom connection remains typical but
the tops of the columns are fabricated to accept the steel
beams that make up the roof frame. Support for the
upper most envelope walls will also be made at these
columns. A handful of the L18 columns will be left
exposed.
3.11 CANOPIES

Figure 17: Drag Strap #3

Figure 18: Perimeter Angle

The final timber elements to be installed are the CLT
canopies above the entryways on the main floor. The
panels are supported by a steel ledger near the building
and by cables at the cantilevered end. These panels will
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be the only ones exposed in this structure

4 METHODS
4.1 SEQUENCE OF EVENTS
A very important element to successful implementation
is a well thought out and executed sequence. It does
matter what order things are done in. Even with the most
efficient connection details we can find ourselves off
course if steps are taken out of turn or the wrong
approach is tried.
4.1.1 Benefit of Pre-Manufactured Components
A few different ideas were discussed regarding how to
best place CLT panels with speed and accuracy. One
idea was to leave the columns loose and maneuver, pushpull-twist, the columns to align with the CLT as it was
flown in. The thought behind this method was that, once
connected to the columns, the CLT would be shifted to
its correct position and the columns would follow suit
and end up in the right spot. This idea was referenced
back to how fly tables are positioned when forming a
suspended slab on a tower. This did not seem practical
mainly due to the challenge involved in trying to line up
multiple pieces with multiple penetrations. It did not
utilize the benefit of pre-manufactured components.
What was decided instead was to position and brace the
columns first and then land the CLT on top. By ensuring
the columns are correct we also ensure the CLT’s will
land in the right spot. This was the method tried on the
mockup and it was successful.

components. For the CLT this meant that all the
electrical and mechanical penetrations were located and
cut out. This also allowed time for plywood to be
installed over floor openings that would have been a fall
hazard on site. For the envelope wall the extra time was
a saving grace due to the lengthy design coordination
that took place. The second advantage is, it created
efficiency on site. The concrete crew were given crane
priority and able to work without much interruption.
Sharing the crane between multiple trades inevitably
means there is down time somewhere because someone
is waiting for the crane. The other efficiency gain is
space. With L2 suspended slab open it gave the concrete
crew the space they needed to stage and prep their
formwork. If the wood was being installed concurrently,
formwork would have had to be prepped on the ground
and in a much tighter space as room for trucks delivering
glulam, CLT and envelope walls would have be needed.
There is speculation, by some, that the overall duration
of the project would have been shortened if the concrete
were erected along side the timber. This may be true,
however, there would have been other setbacks to deal
with. The discussion between these two options is a good
one to have before any similar project. What’s right for
this project may not work for another.

Figure 20: Column Spreader (version 1.0)

4.2 TEMPORARY BRACING

Figure 19: Elevator Cores

4.1.2 Twin Towers
Another important sequence discussion revolved around
how the concrete cores best fit into the schedule. It was
decided early on to finish all the structural concrete
before beginning the wood install. This included the two
concrete elevator cores cast in place, to their finished
height of 18 stories (Figure 19). There are several
advantages to this. First, it created time for fine-tuning
and coordination of design for the pre-manufactured

Bracing every single column in two directions would be
very time consuming and would also create a mess of
bracing that would restrict movement and make it
difficult to be efficient. What we decided to do instead
was target specific columns for bracing and use custom
made “spreaders” to position the tops of the rest of the
columns. The columns targeted for bracing are the
perimeter columns plus the center row of columns down
the length of the building. The “spreaders” are a custom
made piece. They are made up of two SPF 2x4’s nailed
together with an aluminum angle screwed to each end.
The angles have holes drilled to suit the 5/8” rods on the
tops of the columns. The spreaders slide over the chosen
5/8” rods and hold the columns the correct distance apart
(Figure 20). The sequence in which the spreaders are
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installed will be in reverse order of how the CLT panels
are installed.
4.3 FALL PROTECTION
Before a CLT panel is lifted off the truck we will fix two
fall arrest roof anchors to it. This will allow us
immediate access for two workers onto the next floor.
Those two workers will then assist with panel
installation, including fastening splines in place. The
install sequence has the first seven panels completing the
length of the building. We had contemplated setting up a
horizontal lifeline, however, guardrails will be set up at
the slab edge as soon as we get there. It seemed
inefficient and costly to set it up if it was only going to
be there for a day or less. Other concerns with fall
protection are our use of rolling ladders around the
perimeter. A fall arrest anchor will need to be set up. For
this a worker will choke a rated sling around the nearest
column and hook into it before climbing the stairs.
4.4 ROLLING LADDERS
Quick access for workers to the underside of the CLT is
important; both to help guide the CLT’s into place as
well as to complete the CLT connection to the concrete
core. The two methods we looked at are rolling ladders
(Figure 21) and scissor lifts. They are both effective
methods, however, using scissor lifts poses some
problems. We are restricted by a 75psf max floor load
requirement. This number includes all materials and
workers. Even with small scissor lifts we would need to
maintain a minimum distance of 16” clear around each
machine at all times. The other issue is, all the scissor
lifts would need to be lifted to the next floor slab before
the last panel is put in place, forcing us to need an
alternate method for access anyway. The benefits of
using rolling ladders starts with their light weight design.
We do not need to be concerned about overloading the
floors with these and they are light enough that two
workers are able to carry one up a flight of stairs. They
are safer than regular ladders due to their stability and
built in guardrail.

Fortunately the largest columns are still quite slender and
the heaviest ones weigh only 363lbs (165kg) fully
assembled with steel. The chosen method is low tech.
We have custom made a dolly that will both transport a
column, from it’s respective pile, and pivot it into a
vertical position (Figure 22). Each dolly has a detachable
base. The base is a jig that both locates the pivot the
correct distance from the connection point as well as
anchors the base to the CLT slab. The dolly, with
column well secured, rolls up to the base, a pivot pin is
installed to connect the dolly to the base and the
assembly is then is lifted by two or three workers. The
column is secured to the dolly using two Simpson SDS
screws. Once vertical, and confirmed to be in the right
spot, the screws are loosened and the column falls 10” to
it’s final resting place. A column and tilting dolly
assembled will weigh approximately 500lbs (228kg);
half of the assembly will be supported by the pivot pin,
leaving 250lbs (114kg) for two workers or 83lbs (38kg)
each, for three workers. Installing columns this way will
take 15min (or less) per column and six workers will
have no trouble erecting all 78 columns in a day.

Figure 23: CLT lifting element (Bergen plate)

4.6 RIGGING

Figure 21: Rolling Stairs

Figure 22: Column Tilter

4.5 MANUALLY ERECTING COLUMNS
Due to the high volume of tower crane activity, for a 3day cycle to become feasible, an alternate method
needed to be developed for installing columns.

The only non-typical piece of rigging we will be using is
a custom load plate (figure 23). Four load plates are
screwed to the top of a panel, at approximate quarter
points both in width and length, using four ½” (12mm) x
6-1/2” (165mm) ASSY Kombi screws each plate. Due to
different service penetrations in each panel the COG
(center of gravity) changes. CadMakers have included
layout for our load plates as they relate to the COG so
that each panel picks as flat as possible. A locator hole,
1-5/8” (40mm) diameter x ¼” (6mm) deep is cut on the
top side of the panel, by the CLT manufacturer, for the
four pick points. Once the load plates are secured in
place Dayton Superior T-26 hoist rings are fastened to
the plates with 1-1/4” (32mm) diameter bolts. The 5/8”
(15mm) thick load plate is tapped to receive this bolt.
This rugged two part lifting system allows us to have as
many plates pre-installed as needed and gives us quick
attachment and release of the crane. Our target cycle
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time is 10 minutes per pick, which is aggressive but
achievable using this method.
4.7 3-DAY CYCLE
The rate at which the UBC Brock Commons mockup
went together gives us confidence that we can achieve
our target, a cycle of 3 days per 9600 sqft floor. This 3day cycle includes 78 columns, 29 CLT panels, 22
envelope wall panels and completion of all connection
details described above. We will not begin counting our
3-day cycle until we reach the L3 CLT, as we will be
taking extra care and attention to ensure the L2 columns
are perfect.
4.7.1 Day 1
The main objective on day 1 is to install all 29 CLT
panels to create the next working floor. Splines will be
placed and lightly fastened as panels are landed.
Guardrails will be stood as the edge of the floor slab is
reached and must be fully in place before we leave for
the day.
4.7.2 Day 2
On day 2, completing all structural connections for the
active slab is the priority: splines, drag straps, CLT to
concrete, perimeter angle and washers and nuts secured
down over the CLT at column locations. Layout will also
take place, setting out grid lines and determining
elevations to set our next columns to. We will begin
standing columns strategically so as not to interfere with
any of the other connections being worked on.
4.7.3 Day 3
This day will be filled with standing, bracing and
gridding columns. Any loose ends not complete from the
previous two days will be taken care of as well.

4.9 ENCAPSULATION
Installation of the timber structure is to be no more than
four floors ahead of “encapsulation” for reasons of
weather and fire protection. Encapsulating a floor
includes the installation of envelope walls, pouring of
the 1-1/2” (38mm) concrete topping and installation of
the first layer of drywall to the underside of the CLT.
4.10 QUALITY CONTROL
Implementation and documentation of assurance of
quality is a worthwhile investment; it saves money and
helps everyone sleep at night. For us this starts with
communication, it is important for the workers,
performing the work, to understand how what they are
doing is important and why. A person who understands
is more likely to recognize when something is not right.
Next is documentation, a physical record of how
connections were actually installed. We find it best to
have a second opinion complete the document. People
checking their own work are more likely to make the
same mistake twice. For Brock Commons we will ensure
that a floor is structurally complete before moving onto
the next one.

5 CONCLUSION
The mockup for UBC Brock Commons was a great
success. It tested our plans and helped reduce our
assumptions to facts. It is important to understand the
details and methods that don’t work as it helps our
understanding of the ones that do. All of the iterations of
the different connections helped us to do just that. The
final structural details are designed with care and
expertise; nothing is wasted. All of the connections make
sense from a constructability point of view as well as a
budget standpoint. Although wooden high-rise
construction has not been perfected this a leap in the
right direction.
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AN HERITAGE MANÈGE BUILDING – A TIMBER ROOF STRUCTURE
DESIGN AND DETAILING
Jorge de Novaes Bastos1
ABSTRACT: In the Portuguese interior region located along the Spanish border, they are several historical medieval
villages near a state of abandon. In the early 1990’s, under a European Union (EU) program, ten Portuguese villages
were selected to be rehabilitated and, the Citadel of Almeida was included in its first phase. An old horse-raising
tradition exists in this region, as depicted in pre-historic stone drawings and referred by ancient writers mentioning the
Rome and Merida circus games. The Almeida manège represents a large rehabilitation project. The use of structural
timber integrated with traditional materials (granite stone masonry), following a contemporary design technique criteria
(structural steel connections), proved to be both economically feasible and aesthetically accomplished. This study
appraises the design solution and some particular constructive aspects that had to be dealt. The role of structural
detailing was essential to obtain the best objectives.
KEYWORDS: Rehabilitation, timber structures, roof, aesthetics

1 INTRODUCTION 123
1.1 THE LOCATION
The Citadel of Almeida is located in the northeast
interior zone of Portugal, near the Spanish border, in a
region known as the “Beira Alta” province. The granitic
landscape is punctuated by large rock boulder masses
from the last ice age. The N-S “Serra da Estrela”
mountain chain partially isolates this region from the rest
of the country. In north part where the mountainous
chain ends, it exist a valley region that allows the
hinterland access to the Atlantic Ocean, with larger
inhabited urban coastal areas. The “Beira Alta” province
is mostly at an 800 -1000 meter altitude that sprawls well
into the nearby Spanish meseta. The climate is of the
continental-type with very long, dry “nine” months
winter seasons, followed by short three months with very
hot summers. The few trees that exist in this granitic
landscape are of the pine, oak and chestnut varieties.
The river Côa crosses this province and it is still possible
to find stone masonry arch bridges linking medieval
villages enclosed in their fortress walls. This vital water
line supports the Nature life environment. The river
banks rock masses have schist rock surfaces formed by
steady erosion processes some million years ago. They
have been used by humans to carve singular images
depicting wild animals, persons, or geometric shapes.
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Among these images, a particular one with 5,000 years
depicts a hunting scene – an iron-age horseman trying to
kill a wild animal, Figure 1. This historic legacy left by
our ancestors in this region schist rock surfaces, became
a national heritage landmark park created by public
awareness. This relation between men and horses
continued through the ages. During the Roman era, horse
trading was common in this region as well as during the
Arab occupation period. Both cultures left many traces
in this region, e.g., the name Almeida may have
originated from the Arabic word “T’almeyda” which is
associated with the word “table”, because of this region
geography - the Iberian plateau.
More than 1,000 years ago, intense trading between the
northern Christian feudal counties and the southern Arab
kingdoms developed from the Almeida settlement
outpost. Ancient written records refer that among other
goods, horses were important assets being subjected to
large trading action in this region.
1.2 THE PORTUGUESE MEDIEVAL TOWN
In 1143, the Portuguese Kingdom was founded by Dom
Afonso Henriques (1128-1185) who initiated the First
Dynasty. The territory consolidation and expansion was
done with the help of the feudal lords and the crusaders
on their way to the Holy Land. Along the border of this
young kingdom continuous skirmishes occurred with the
nearby troops of the Castile and Leon kingdoms, because
this region became the natural access gate to both
armies, either the attackers or the defenders. A
construction plan of fortresses along the border region
was set by Portuguese Kings to protect the country
integrity. Consequently, during the next Centuries
infantry, cavalry and artillery drawn by horse-powered
carts became a usual sight to the local inhabitants.
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Figure 1: Foz Côa river archaeology – a 5,000 year image of
a hunter and a bull.

Figure 2: The Fortress of Almeida – King D. Manuel I royal
survey (1508-1510) by Duarte de Armas.

On Nov. 8, 1296, the medieval village of Almeida had
the first chart given by the King - Poet Dom Dinis, when
he hold court in this region deeply concerned about the
border safety in this kingdom. Many privileges were
given to the local settlers and soon the medieval town
was fortified with a castle, ramparts and defensive walls.
In 1297, the peace treaty of “Alcanices” signed with
Castile established the definite Portuguese borders in this
province. However, nearly one hundred years later in
1381, King Juan I of Castile invades Portugal through
this Almeida region, marching towards the capital
Lisbon. The succession crisis created by the absence of a
crown heir motivated the Castile King to annex the
neighbouring Portuguese kingdom. Since medieval ages,
the Citadel of Almeida has been recognised as an
important defensive bastion to protect the eastern
country border and a natural geographic entrance gate
from the invading armies and military threats.

From 1580 until 1640, Portugal was under Spanish rule
and, after the First of December rebellion, the new
Portuguese King Dom João IV urged the upgrading of
the borderline defence fortresses and Almeida was no
exception. During the war period (1640-1668) with the
Spanish armies, the Almeida battlegrounds were the
scenario of several confrontations in the different years
of 1641, 44, 46, 61 and 1663. In the XVIII -th. Century,
King Philip V Spanish army made several attacks during
1704 and, in 1762 an army of 40,000 men siege the
Citadel of Almeida.

With the fall of Granada in 1492, during these times of
endurance, waves of Spanish Israelites crossed the
border closely followed by the Spanish Inquisition. In
1508, King Dom Manuel I order the Fortress of Almeida
and the castle walls to be restored. In the spring of 1509
by royal order, a nobleman - Duarte de Armas [1]
completely surveys the fortified villages and cities along
the Portuguese border with Spain. The survey began
with the southernmost Castle of Castro Marim and it
took more than seven months to record fifty six fortified
villages and going northwards it ended in Caminha, in
March of 1510. At least two perspective drawings from
different points-of-view and a detailed plan with the
indication of the walls portions and the ruined zones
were made for every village. This extensive report with
major castles and fortresses along the Portuguese border,
based on this unique land survey procedure, were
patiently drawn five hundred years ago and they are
depicted in a magnificent folio “Livro das Fortalezas”
1, see Figure 2. This military engineering survey is still
very useful to study the original urban medieval
structures built in all these locations.

The current Almeida Fortress configuration is based on
the design recommendations taken from Vauban tables
served to build with its current star shaped format [2, 3].
Although the initial construction works to upgrade the
fortress for recent artillery tactics started in the XVII -th.
Cent., it was with the German military advisor to the
Portuguese Army – Count Lippe that construction works
from 1764 until 1768 nearly reached conclusion. Count
of Lippe was invited by the Marquis of Pombal, the
former Portuguese ambassador to the Viennese Court, to
reshape the army and evaluate the country’s defensive
system. In 1774, when leaving the country he wrote to
the Marquis of Pombal, referring that all the main
Portuguese fortresses along the border – Almeida, Elvas
and Valença, were upgraded under the Vauban defensive
system method.
The magnificent twelve point star Citadel consists of six
point granite masonry ramparts, with ten meter high
walls. Variable depth ditches with widths that span from
ten to sixty two meters contour the ramparts. A second
external set of another six pointed ramparts complete the
Citadel of Almeida military system. The maximum
dimensions in this irregular shape plan are: (a) E-W –
830 m; and, (b) N-S – 740 m. The total length of fortress
walls is 2.500 m and the enclosed area 650.000 sq.
meters. The Citadel has two entrance gates – the “São
Francisco” and the “Santo António”. The XX -th. Cent.
third gate to allow tourist buses to access the village was
opened on the historic stone walls, Figures 3 and 4.
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The neighbouring Spanish town of Ciudad Rodrigo had
surrendered to the invading French army when the
Brigadier-General William Beresford and the Duke of
Wellington were in Almeida. On August 26, 1810,
during the Almeida Fortress siege, a French shell hit the
donjon patio. A line of black gunpowder leaking from a
gunpowder keg being carried into the defence lines
caught fire and it propagated into the storage area. The
donjon was being used as an ammunitions depot and
gunpowder storage facility. The dreadful explosion that
followed astonished everyone and, even the French
soldiers. Most of the Citadel houses were destroyed,
many soldiers and artillery gunman were dead or injured,
the donjon was destroyed, and the shock waves hit the
Fortress walls which experienced great damages. The
defending troops had to surrender. In 1811, withdrawing
French Army explodes again the fortress walls.
Figure 3: The Citadel of Almeida XX –th. Century survey.

With major innovations in the war tactics, the Vauban
concept used to design this Fortress, as a military
stronghold, becomes obsolete. In 1927, the Portuguese
Government removes the last troops, and the memories
of its past glories survive in this landmark Fortress of
Almeida designed by military engineers.
1.3 THE MANÈGE SPORTS ENSEMBLE

Figure 4: The Citadel of Almeida (aerial view).

Along the Portuguese border other similar Fortresses
were re-designed with the same military engineering
concepts based on artillery requirements: (a) in the north
border - Valença (Minho Province) and Chaves (Trás-osMontes Province); and, (b) in the southeast border Elvas (Alentejo Province), [2, 3].
With the growing Napoleon army war threats in Europe,
the Western Europe Iberian countries – Portugal and
Spain, were submerged in the Peninsular War (1807 -14)
with three French invasions. On November 29, 1807, the
Portuguese royal family embarks to Brazil, while the
first Napoleon Army commander – Gen. Soult, enters
Lisbon in the next day. On Aug. 1808, the British Army
lands on Mondego Bay with Sir Arthur Wellesley, future
Duke of Wellington, and soon the Almeida Fortress is
freed. In 1809, starts the second French invasion under
Gen. Junot. The Brigadier-General Beresford installs his
headquarters in Almeida with an army of 20,000 men. In
1810, the third French invasion begins commanded by
Gen. Massena and the Almeida Fortress is under siege.

In the early 1990’s, the Portuguese Government under
the aegis of a European Union (EU), implemented a
heritage program to develop this Portuguese hinterland
depressed region. The EU program – the “Aldeias
Históricas“ (Landmark Villages) was tailored to protect
the rich historical built heritage, to develop this region
and to attract young settlers. The first phase (1995-99)
included ten historical villages with an initial budget of
26.45 mEuro. In order to complete the undergoing tasks,
it had to be extended into a second phase (2000-02) and
it had an extra budget of 8.94 mEuro. Due to its success,
this program had a third phase with a cultural scope for
an enlarged group of twelve villages and a third budget
of 17.75mEuro. In the first phase, the Almeida manège
had a total budget of 2.25 mEuro was the most expensive
intervention within all the different supported projects.
In the second phase, the Linhares da Beira hotel with
10.0 mEuro had the largest approved budget.
The intervention concept used with all the different
villages aims to improve the living conditions of their
inhabitants, providing adequate infra – structures, as well
as, leisure activities that can function as “attractors” to
the visitors. The Almeida Manège was the ideal concept
to connect historic military actions, where Portuguese,
British, Spanish and French armies had fierce combats,
with the important role played by the traditional
“Lusitano” horse in this region. The actual manège
rehabilitation was designed within the enclosed 5.0m tall
granite masonry walls pentagon including the covered
the large building training ground and the exterior open
air horse training spaces (jumping, dressage).
The interest with horse-riding is natural in this region.
The Royal Haras (“Coudelaria de Alter”) in Alter do
Chão was established in 1748, by King Dom João V and
his wife, Queen Marie Anne of Austria, to promote the
noble race of the “Lusitano” horse and its tradition.
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2 THE ALMEIDA MANÈGE
Within the EU “Aldeias Históricas” rehabilitation
program established in the mid-1990’s, with the Citadel
of Almeida and the Portuguese Government, the horseriding school (the manège) rehabilitation project was
considered a major public work, in order to promote
leisure activities in this region near the Spanish border.
This singular sports activity – horse-riding to be carried
on a unique landmark Portuguese village, with the
historical fortress walls and trenches background,
became a major visitor’s attraction and increased the
associated businesses.
This study presents the methodology being used in a
large restoration project where the use of structural
timber was of major concern because of the visual
impact and aesthetic factors to be dealt. The Citadel of
Almeida is located 20 Km north of the major E-W
highway and this relative isolation also created severe
construction constraints. The absence of local technical
human resources, the prolonged building abandon during
the past decades, and the selection of an adequate
restoration process made the design solution a great
challenge. The Almeida manège ensemble is located in
one of the Citadel’s twelve point star extremes, the Our
Lady of “Brotas” NW rampart, also known as the
gunpowder storage rampart, see Figure 5.

dimensions in plan are 78.0m (E-W direction) and 55.0m
(N-S- direction). In the north part is the training ground
elongated shape where the contour wall is integrated in
the pentagon-shape manège. The adjoining training
ground south longitudinal wall has a reduced height of
2.50m and it is punctuated by fourteen large size granite
masonry columns (“giants”), which served as supports
for the roof cover system. In general, the state of
conservation was poor, except for a small building near
the access gate – the veterinary hospital, that had been
recently restored and a new roof being placed. The
existing masonry walls had the joints opened with
remains of lime mortar, due to erosion, rainwater
infiltration / washing, and some stone blocks have even
vanished, see Figure 6.

.

Figure 6: The manège space (1995) – a farming plot.

Figure 5: The manège (1995) – top view from the water tower.

2.1 THE OBJECTIVES
The first visit to Almeida was made during the
Christmas season of 1993. An overwhelming impression
was caused when approaching the Fortress ramparts with
their massive granite walls protruding into the flat
landscape of the Iberian Meseta. The military historic
tradition where the Napoleon’s Grand Armée had major
combats with incipient Anglo-Portuguese army under the
command of Sir Arthur Wellesley, future Duke of
Wellington, caused a major impression. Naturally, the
first major concern arose regarding the importance of
appraising the different design solutions and, an extra
effort on detailing and careful construction planning.
The manége ensemble consists of an irregular pentagon
shaped granite masonry contour wall with an average
thickness of 0.80m and 5.00m height. The maximum

All the different restoration processes carried on in the
Citadel of Almeida were being supervised by the local
technical Mayor’ offices and, the most important ones,
together with the Portuguese Government Heritage
Agency – IPPAR (“Instituto Português do Património
Arquitectónico e Arqueológico”). The local EU program
coordinator in charge with the “Aldeias Históricas”
(Historical Villages) rehabilitation study also followed
up this process. However, during the initial review phase
when the preliminary architectural study was considered
complete, major objections related with the design
solution for the roof cover in the training ground came
up. A new study was deemed necessary and the new
design team was selected in order to develop a more
adequate study for this location, see Figure 6.
The Portuguese Government Heritage Agency took a
lengthy discussion approach with the designer team
regarding the most adequate solution to be used due to
the importance of this singular public work. Several
initial studies were done considering all the given
contributions. The design process followed some major
structuring steps: (1) the concept or the main idea; (2)
the tectonics or the local materials tradition; (3) the site
location or the surrounding landscape; (4) the economic
constraints and easy maintenance; and, (5) the local
access conditions. Furthermore, the new additions had to
be clearly identified from the pre-existing building or
structures, and this work had to be fully reversible.
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2.2

THE CONCEPT

The Almeida manège and some Citadel buildings state of
neglect may have resulted from the military lack of
interest since the early 1920’s. Due to the evolution in
the warfare tactics the Fortress became obsolete and with
the troop’s withdrawal from this ancient military
stronghold a progressive state of abandon and decadence
initiated. From all the different army branches - artillery,
infantry and cavalry, the last is probably the most
interesting one because of the interaction between the
horse and the rider. An excellent sports activity could be
provided to the visitors, in a unique historic landmark
setting, with horse riding.
The abandoned built ensemble in this NW rampart was
identified as a horse training ground (manège) because
of the existing space proportions between length (L) and
width (B), which were of 3:1, [4]. This manège - type
geometric shape is also known as a three circles space.
The building is nearly fifty meters long (EW direction)
by fifteen meters in the wide direction. The training open
ground has approx. 40.5m by 13.5m, which corresponds
to the three circle concept. In the NE portion (social
area) was located the old keeper’s house. Another hint
that suggested its former use because of an existing
horizontal line at 1.50 m from ground level that may
have coincided with the sloped secondary wood wall, or
the “skirt”, placed around the contour walls to protect the
riders from having their legs crushed, if the horse
decided to move along these walls, see Figures 7 and 8.

Figure 7: The manège ensemble – design proposal.

The manège ensemble is composed of several different
spaces: (1) training ground; (2) stables; (3) observation
deck; (4) keeper’s apartments; and, (5) administration
offices. The masonry building concept has a massive
north façade without any openings (ex. doors, windows)
to protect from the prevailing glacial northern winds and
the fifty meters long south façade has a shorter 0.80m
thick masonry punctuated by the above mentioned
“giant” masonry columns, spaced at approx. 3.50m o.c. .
Eleven columns, from axis 2 to 12, adjacent to the
training ground create a set of structural plan axis for the
roof system. The variable truss spans are they begin with
13.50m, near the west end façade, and they decrease
steadily by 0.10m, from one axis to the next one.

Figure 8: The manège training ground – design proposal.

The assumed “rectangular” ground plan shape, decreases
by 1.10m tapering the north façade. This small 0.10m
difference in span length required an extra design effort
as all the trusses had to be drawn with the correct span
dimensions taking into account the successive distance
reduction from axis 2 onwards. The former keeper’s
area, located between axis 12 to 14, was redesigned to
become a social area with the first floor used as an
observation platform, see Figure 8.
After lengthy discussions among the designer’s team
members and also with the IPPAR, a structural timber
truss was proposed for the manège training ground and it
was adopted after considering other material options.
The initial local design team considered a reinforced
concrete (RC) truss which wasn’t adequate due to the
heavy dead loads (DL) and not compatible with the
surrounding granite stone masonry walls. The next
option was a structural tubular steel truss that was
considered to be too contemporary for this historic
landmark site. Wood material was considered by the
owner as the most adequate choice. Although glulam
(“glued laminated wood”) had a strong possibility to be
selected, the material texture and visual perfection
provided a contemporary impact that was not desirable.
The structural timber was final option elected by the
owner to be within a traditional, compatible solution
with the existing monument setting.
Among all the possible different truss solutions, the
scissor’s truss was adopted because of the relatively
small proportions (40.5m x 13.50m) of this indoor space.
The need to increase the available space height and to
improve the visual conditions became obvious when a
small 1:100 reduced scale model was built to study this
building. The scissor’s truss ”broken” horizontal line
member, as opposed to other ordinary truss models with
the standard horizontal line members, greatly improved
the interior space conditions, creating the illusion of a
larger free, visually non-obstructed volume, see Figures
9 to 12. Particular care was used in finding the available
timber members with 12,00m long pieces. The needed
volume of timber was found in a Northern Spanish
(Galicia) lumberyard with old, dry condition southern
yellow pine (SYP), which was cut into the required size
shapes.
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Figure 9: The manège reduced scale model (1:100).

Figure 10: The manège model truss 3-D computer rendering.

Figure 11: The manège truss - training ground zone.

As mentioned before, the manège building rectangular
plan shape is slightly tapered with different interior
widths, along its fifty meters longitudinal length,
between the west (B1 = 15.2m) and the east (B2 = 13.8m)
extreme end walls of about 1,40m. Geometrically, the
exterior roof planes to be built flat would require a
cumbersome inclined crowning line. Otherwise, for the
top roof line to be horizontal, these roof surfaces had to
become warped surfaces. This last option was considered
to be best both aesthetically and functionally and the
actual surfaces had a limited warping effect. The
transition from one structural roof axis to the next one
could be easily attained due to the small 3.50m distance
between both parallel adjacent trusses, see Figure 9.
A rather cumbersome design process began because of
this small 0.10m difference between adjacent span
lengths from one structural axis to the next one. In the
training ground area, eleven scissor’s trusses had to be
designed one by one because of the small changes in the
bars lengths and the resulting angles between them, see
Figure 11. For the nearby social area, it was assumed
initially that the standard scissor’s trusses used in the
training ground area would be satisfactory. However,
after inserting the truss solution design over the
architectural drawings, with the final dimensions of the
rehabilitated masonry structure, the available space
between the first floor level and the lower truss bars was
very small. With a minimum local clearance height of
2.20m, the net available area was reduced by half.
An alternative design solution was considered while
maintaining the overall roof geometry and considering
that use of interior columns that could be used and
compatible with the available space, see Figure 12. Two
modified timber trusses in this sector became associated
to a tubular steel supporting structure. A composite
portal frame was designed with two structural steel
circular hollow columns which were founded on RC
(reinforced concrete) footings. These columns supported
both the first floor steel beams and the “fork”- type
tubular steel struts that connected to the long roof timber
beams. The absence of the lower “broken” line bars
existing in the previous truss solution was fundamental
to allow a near complete use of the first floor area with
generous headroom, see Figure 12.
2.3 THE DESIGN LOADS

Figure 12: The manège modified truss – social area.

The Portuguese design code (RSA-83) for load actions
and their combinations [5] is quite stringent as compared
with the similar Spanish code (NBE-AE/88) [6],
particularly, for actions due to snow loads. The estimated
dead load (DL) design value for this isolated timber roof
structure, considering a 32o roof slope, is DL = 1.90 kN /
m2 (horizontal projection). This high DL value results
from this construction solution: single curved clay tiles
(0.9 kN / m2) placed on overlapping timber planks
supported on beams at 1.15 m spacing and roof purlins
(0.4 kN / m2). The Portuguese code specified snow loads
by for this location (altitude of 750m) are: S 1 = 2.1 kN /
m2 (leeward side) and S2 = 1.4 kN / m2 (windward side),
on each slope, respectively, see Figure 13.
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Figure 13: Timber truss and masonry supports – proportions.

Figure 14: The manège truss – five bars joint details.

For the same altitude, the Spanish code specifies S =
0.60 kN / m2, on both slopes. Although the distance from
the Spanish border is only 7.5 km, the Portuguese code is
a legal document and it doesn’t have the character of
recommendations and the designer has to comply.
Due to the roof building slope (32o), the specified wind
loads are very reduced (compression action) or, in the
case of a suction action, the uplift force (q w = 0.80 kN /
m2) is overcome by the counteracting DL action, heavy
roof loads. The specified horizontal seismic actions are
small near 5% of G (low seismicity zone).
2.4 THE MATERIALS AND THE
CONSTRUCTION SOLUTIONS
The structural materials being used are: (1) southern
yellow pine (SYP) with a specified design stress, fwd =
10 MPa; (2) concrete – f’cd = 25 MPa; (3) steel rebar
with fsyd = 348 MPa; and, (4) structural tubular steel – Fe
430C with fsyd = 275 MPa.
The scissor’s truss model for the roof cover used a twinbar solution for the main members (top “leg” bars and
lower “line” bars) were chosen for the following reasons:
(1) to allow the insertion of the single member bars (ex.
interior diagonals, suspender); (2) to connect with split
rings, threaded rods with nuts and washers joining these
timber members; and, (3) to assemble the complete truss
with a “thicker” width that would provide some out-ofplane stability, particularly, during truss hoisting and
bracing to withstand unexpected construction loads and
unstable conditions. The adopted main member cross
section 2 x (0.12m x 0.30m), with a 0.12m interior gap,
generated similar bending moments between both strong
and weak flexural axis. Under large compression loads
installed in the top “leg” bars, out-of-plane buckling was
also greatly reduced. Finally, the visual aesthetic
impression that massive timber members may cause on
the observer vanishes with this split twin bar solution,
see Figure 14. The roof cover materials used were clay
tiles (individual cover and channel tiles) and overlapping
timber planks supported on rectangular section purlins,
with 3.50m span, see Figure 15. To reduce the biaxial
bending moment stresses in the purlins’ sections, mainly
along weakest flexural axis, steel rod bars were placed at
third point span. The inclined load components along the
roof slope were greatly reduced.

Figure 15: Actual joint detail and roof system.

The larger value of the Portuguese design code snow
loads, recommended the use of the very efficient splitring steel connections to be placed between the timber
members in order to resist the transfer of large forces in
the connection. This TECO-type 0.10m (4 in.) split rings
[7] were installed inserted into grooved circular openings
made on each face of the two adjacent timber member
surfaces being joined. The whole ensemble was pierced
by a central mild steel zinc coated threaded rod (D = 20
mm), acting as a connection bolt, with steel washers and
bolt nuts in both ends, see Figures 14 and 15.
Other construction details were custom made for this
heritage building where the timber structure plays an
important visual role. Due to large thermal variations
occurring between winter (T 1 = -10 0C) and summer (T2
= +40 0C) seasons, as well as, the humidity variations
that an open-air structure is subjected, the design concept
required that this trusses had the possibility to allow
small horizontal displacements and to accommodate this
seasonal movements. One support was designed fixed
with a hinge, specially made with welded structural steel,
built in order to meet these requirements and anchored to
the “giant” granite masonry columns (1,00m x 1,80m,
5,00m), see Figures 16 and 17. The other opposite
support, placed on the top of a 0.80m thick wall, at
5.00m from ground level, had a sliding neoprene rubber
pad to allow for horizontal movements, see Figure 18
and 19. The supports performance during the past twenty
five years has been very satisfactory.
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2.5 THE SURROUNDING CONSTRUCTIONS

Figure 16: Timber truss- fixed support with hinge (rendering).

Figure 17: Actual truss - fixed support with hinge .

Figure 18: Timber truss sliding support with neoprene pad.

Figure 19: Actual truss sliding support and tied roof purlins.

Although the design of this timber roof Manège building
offered a great challenge, because of the strong visual
impact, the other ensemble constructions were also
important. The initial design proposal only considered
the previously described Manège building. The
construction works started and some limitations resulting
from change-the-order instructions arose. The initial
local design solution showed major design flaws and
extra costs were being invoiced by the contractor.
Therefore, the Owner (IPPAR), asked the Manège
design team to submit a proposal for the other buildings,
see Figure 7: (a) observation deck; (b) office spaces; (c)
keeper’s apartment; and, (d) stables.
For these buildings an initial RC structure was proposed.
The new proposed concept was to use structural timber
to rationalize the design for the whole Manège ensemble.
Consequently, the observation deck with a temporary
canvas cover was made of southern yellow pine timber
members (columns, beams), and wood boards for the
floor system. Furthermore, the footings were made of
RC and the joints used welded structural steel. For the
opposite stables zone, all different types of materials
were used: (a) RC footings, columns and beams framing
the masonry infill for an interior longitudinal wall; (b)
the roof timber system is supported by tubular square
hollow section steel struts resting on RC columns, which
are connected to RC footings; (c) the keeper’s
apartments structural system is made with RC elements
(footings, columns, beams, and slabs); and, (e) the office
area, adjacent to the existing masonry stone building,
(veterinary hospital) is made with a RC frame system,
from the foundation until the roof level.
After more than twenty years in continuous use, the
Manège ensemble observation deck needed major
maintenance and conservation works because of the
outdoor timber elements exposed to weathering
(temperature, humidity, rain, snow). This major overhaul
action was easy to carry on and extended the materials
life span. Other problems observed in the Manége
building are related with a pigeon invasion and birds’
nests, because the southern façade is partially open
between the curtain glass windows and the timber roof
structure, see Figures 20 and 21.
Finally, outside the Manège buildings ensemble with its
irregular pentagon shape are located two open air
training ground spaces, for dressage practice and
jumping obstacles. Adjacent to these enclosed spaces
there is a continuous sitting bench for horse–rider
observers. The final investment cost of this major sports
equipment built by the City of Almeida is around 2.25
mEuro. This investment was considered the largest one
in a single village, for the EU Historical Villages (phase
1) program. After the 1999 inauguration, the Manège has
been under continuous use not only by county residents,
as well as, with outside and foreign visitors. The use of
structural timber in this monumental ensemble was well
accepted and the total involved costs were within
adequate values for this singular rehabilitation project.
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3 FINAL OBSERVATIONS
From the first visit made to the Citadel of Almeida in the
winter of 1993 until the last one made two years ago, a
long process in the rehabilitation process of a historical
landmark village has been observed. The intervention
methodology in the Manège ensemble followed a two
phase design process: (1) the training ground building;
and, (2) the remaining ensemble buildings within the
pentagon shaped contour. In this learning process, small
neglected details implied extra work that was initially
unaccounted for it. The very long manège building with
an expectable “rectangular” plan, actually it had a
trapezoidal shape, with the external dimensions of L1 =
49.03m (L2 = 48.85m) by B1 = 15.14m (B2 = 13.77m).
This fact required the individual design of eleven timber
trusses on a 1:20 scale, because of a small variation of
0.10m from one axis to the next one. In the social area,
the need to have extra useful space with adequate
clearance required the complete solution revision for this
sector. Two timber trusses located in this area were redesigned to be associated into a composite structural
steel – timber frame solution. These technical drawings’
efforts were deemed necessary to avoid a 900 km round
trip journey from Lisbon to Almeida to explain the
building concept and other construction solution
questions. The required a investment work to prepare
detailed drawings, a reduced scale timber truss model
(1:10) and a small 1:100 manège building model were
worth it. The construction process also offered major
challenges as the Fortress gates limited the length of
transportation equipment and timber members. The
assembly yard located 200 km westward of Almeida in
Coimbra, required carefully planning to hoist the timber
trusses heavy loads into the correct position.

Figure 21: Manège - the roof system with the timber trusses.

The Almeida manège rehabilitation project had two main
sectors: the enclosed wall pentagon ensemble and the
exterior exercise fenced fields. The second phase of this
design team intervention included the stables, the
guard’s house, the observation deck, the administration
offices and the courtyard.

The interior south façade adjacent to the courtyard is
marked by fourteen isolated prismatic giant granite
masonry columns –the “giants”, with 0.90 m x 1.80 m x
4.80 m, punctuate the continuous 2.40m tall masonry
wall surface with a thickness of 0.80 m. The last three
“giants” in the social area show a taller wall façade
which has the same 4.80 m height as the columns. The
north side masonry wall is continuous with an average
height of 5.10 m. Both shorter end walls are tapered to
follow the roof slope, see Figures 20 and 21.

From an initial architectural proposal, different structural
solutions were analysed using CAD modelling and
reduced scale models. The solutions being considered for
this type of a long-span roof were: (a) structural wood;
(b) structural steel; (c) reinforced concrete; and, (d)
“glulam” wood. The first solution was adopted with the
guarantee that the supply of long-size timber bars with
the required dimensions to build the scissor’s trusses was
possible. The structural wood available to build the roof
trusses was southern yellow pine and the joints design
problem arose on how to connect all the different bars.
An efficient solution was chosen – split rings with zinc
coated steel threaded bars. This structural solution and
material was considered to be adequate for this timber
design problem, see Figure 21. The extensive use of
timber trusses and as a composite material combined
with specially designed structural steel supports was
economically feasible and aesthetically sound. This
study emphasizes the timber use as an excellent
rehabilitation material and totally adequate for historical
locations such as the Citadel of Almeida, see Figure 22.

Figure 20: Manège - actual joint detail and roof system.

Figure 22: The Citadel of Almeida manège ensemble.
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This rehabilitation design had the largest investment and
it was most significant one in the first phase of the EU
“Aldeias Históricas” (Landmark Villages) program. In
the inauguration day, while observing the “Lusitano”
horses of the “Alta Escola Equestre Portuguesa” (The
Portuguese High-Level Equestrian School) practising in
the manège, all the hardships endured during the past
years suddenly vanished. The designer felt proud to
belong to a long tradition of a bygone era where the
horse played the role of the men’ noblest ally, see Figure
23.
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PARAMETRIC TECTONICS:
A REFLECTION ON THE CONSTRUCTION OF THE CHINA PAVILION
FOR EXPO MILANO 2015
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ABSTRACT: The design and construction of the China Pavilion for Expo Milano 2015, China’s first overseas national
Expo pavilion, provides a unique case study in the design, engineering, and construction of a uniquely complex timber
structure.
The design process and working method that led to the final award-winning result lasted for over a year and spanned three
continents, necessitating an international and digital collaboration that exemplified the most contemporary methods of
engineering and design practice. One of the most notable aspects of this project was the extent to which design and
construction administration was handled via digital model as opposed to more standard methods of project delivery.
This oral presentation will focus on the Pavilion’s unique design, the difficulties and opportunities afforded by the form,
as well as the engineering, construction, and delivery of the project across multiple continents.
KEYWORDS: China Pavilion, Glulam, Structure, CAD/CAM, Engineering, Paneling, Scripting, Expo Milano 2015,
WCTE 2016, Vienna, Austria

1 INTRODUCTION 123
For the 2015 Milan Expo, opening on May 1st, the
Republic of China will, for the first time, build its own
national pavilion overseas. The design concept for the
Pavilion comes from an understanding of, and reflection
upon two themes: “Energy for Life” (the theme of Expo
Milano 2015) and “Land of Hope” (the theme of the China
Pavilion itself). The timber roof structure above, the
landscape beneath, and the exhibition space between are
combined to represent the traditional Chinese concept of
harmony between the sky, the earth, and humanity. With
these three elements, the China Pavilion showcases
China’s agricultural heritage, food culture, and future to
visitors.

mountain ranges and pay respect to traditional Chinese
“raised-beam” roof structures.

2 LANDSCAPE TO CITY
For every Expo, national pavilions generally carry more
meaning and significance than common public buildings.
The form of the China Pavilion is defined by two iconic
images: an abstract profile of a landscape at the building’s
south façade, facing the Expo grounds; and an iconic city
skyline along the north side facing the river. The
exhibition space is formed by “lofting” these two profiles
together. On the south façade, the abstracted landscape
profile is split into three “Deep Façades,” that evoke

Figure 1: Landscape/City Profile

The form of the pavilion arose from a series of rigorous
studies. The final design represents Chinese culture at a
philosophical and spiritual level while still retaining the
symbolic quality associated with Expo buildings, instead
of using figurative forms, symbols or colors to create a
simplistic portrayal of Chinese culture. The architectural
expression of the Pavilion, then, arises from a process of
deep thinking regarding rapid urban development trends
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in China, and how to truly achieve a true “Land of Hope,”
with common prosperity in both urban and rural areas.

3 CIRCULATION AND PROGRAM
The China Pavilion’s project site is oriented north/south.
From the main entrance to the south, visitors will slowly
descend into an endless “field of wheat” that defines the
ground plane of the site. Visitors will enter the building
almost unknowingly, with the Pavilion’s majestic roof
hinting at the dramatic spatial experience within. After
wandering through the “field,” which incorporates the
primary exhibition program, visitors will be led up to a
central panoramic viewing platform via a gently sloped
public stair. Looking back down from this platform,
people will enjoy a view of a large display defined by a
matrix of 44,000 LED “stalks.” Afterwards, visitors are
led into the Multimedia Hall, a space defined by a
dramatic architectural tension both in plan and section.
Then, viewers exit the building onto a bridge which
punctures the Pavilion’s exterior, allowing light, views
and fresh air into the interior space. The sequence
concludes with visitors reentering the Pavilion from the
bridge into a climactic exit space created by the peak of
the building’s south elevation and timber roof.
Designed to accommodate long wait times inherent to the
building’s function, the China Pavilion is designed with
rich pre-show content in the waiting areas that preface the
main exhibition program. A restaurant located to the
north of the building will allow all visitors to experience
Chinese food culture firsthand. In addition to the
exhibition space, multimedia hall and restaurant, the
Pavilion is equipped with VIP reception spaces, offices,
and shops, allowing the building to meet the needs of
visitors, VIPs, and staff members. An independent VIP
and office entrance is located to the west of the site. The
primary exit is located on the southwest, adjacent to a
souvenir center and outdoor teahouse. An independent
service entrance to the northeast leads to the kitchen and
storage.

Figure 3: Photograph of Exit Space © Shao Feng

4 FOUR ROOF LAYERS
In order to create a light roof that creates the long span
required by the building’s exhibition program, the China
Pavilion roof is defined by a glulam structural system. The
roof includes four layers (from bottom to top): a steel and
timber roof structure, a PVC waterproofing layer, a
system of panel supporters, and finally, the parametrically
designed bamboo panels.

Figure 4: Roof System Diagram

4.1 STEEL AND TIMBER: THE
CONTEMPORARY EXPRESSION OF A
TRADITIONAL BUILDING MATERIAL

Figure 2: Circulation Diagram

A hybrid steel and glulam structure is used to create the
long span spaces within the China Pavilion- the roof is a
contemporary presentation of traditional Chinese timber
structure. Glulam structure was part of the design from the
very beginning of the design process, due to the fact that
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glulam industry is highly developed in this area of Europe
(Northern Italy, Germany and Switzerland). At the same
time, glulam timber structure creates a warm interior
space in line with the image and cultural identity desired
by the architect.
The main roof structure is composed of thirty-seven
east/west rafters, with around forty purlins running
north/south. In order to maintain the overall strength of
the roof structure, five steel cable trusses running north
and south as well as six steel rafters running east and west
make up the Pavilion’s base steel structure. Transferring
loads to two cores in the south and north, the steel
structure works like a shoulder pole, carrying the whole
building and realizing the long-space, column-free
exhibition spaces below. With roof spans as long as thirtyseven meters, and a glulam beam depth restricted to either
forty-six or fifty-six centimeters, the roof structure
embodies precise engineering, and the adaptability of
timber structure.

reinforcing bars running through the rafters, with rigid
moment joints at each intersection in the roof. While this
design corresponded to the original architectural
dimensions of the roof structure, the complexity of the
design raised some feasibility concerns, given the
project’s tight schedule. After coordinating with F&M
Ingegneria, the Pavilion’s Italian engineer of record, the
three parties solved the constructability problem by
deepening the timber rafters from 46 cm to 56 cm and by
replacing some timber rafters with steel. In addition, the
typical roof joints were simplified to steel plate
connections without embedded reinforcing bar.

The collaboration with New York-based structural
engineering firm Simpson Gumpertz & Heger started in
the beginning of 2014. The design team made three
primary requests:
1.

To incorporate cost and feasibility concerns from the
very beginning of the design process.

2.

To work within the architectural concept and keep the
transition between the city skyline and the landscape
profile.

3.

To minimize the expression of the structure, and to
allow the space to speak for itself- an overemphasis
on the physicality of the structure would have been
an overt Western approach not in line with the
project’s Asian sensibilities.

Figure 6: 3D Models of Roof Joint Details Proposed by SGH

Given the complex roof geometry, there is a threedimensional intersection (meaning it cannot be drawn in
plan and section) formed where timber rafters, timber
purlins, steel rafters and steel purlins meet. In all, there are
1400 roof joints- each one is different. Every joint is made
with two components: built-in steel plates and joint
pockets in the glulam rafters and purlins. These 1400 joint
pockets are precisely cut by CNC (computer numerical
control) milling equipment. As each steel and timber
structural element is exposed, rigorous coordination
between American and Italian structural consultants and
various engineers from China, America, and Italy.
Subcontractors and technicians working in Italy used
three-dimensional models to communicate with the
design team, effectively bypassing the traditional shop
drawing process, and allowing the design team to devote
its energy to the visible portions of the structure.
During the twentieth century, contemporary architecture
was dominated by steel and glass, with timber structure
finding less expression due to its relative complexity.
However, increasing awareness of sustainable design and
advanced fabrication techniques have allowed architects
and contractors to rethink the use and significance of
timber structure- the fact that many national pavilions in
Expo Milano 2015 are using timber attests to this fact.

Figure 5: Photograph of Interior Model

During the project’s design development stage, SGH
proposed a rigid roof structure with eight to twelve steel

While glulam technology is highly developed in the
United States, Europe and Japan, the use of timber
structure in contemporary architecture in China is only
just starting. We hope that the China Pavilion will inspire
more experimentation with timber structure in China.
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4.2 THE PVC WATERPROOFING LAYER: A
HIGH-TECH, TRANSLUCENT “FAN”
One of the most challenging components of this building
was the horizontal translucent PVC membrane located
between the bamboo panels and the Pavilion’s timber roof
structure. As an in-between layer, this membrane needs to
be waterproof, but should also allow the bamboo roof
panels to be visible from beneath. As such, this layer is
the least visible element, but one of its most technically
demanding components.

supporter adjustable. This approach requires more time
for site installation, and also limits the ability of the panels
to smoothly match the roof geometry. Due to time and
budget constraints, the design team had to find a balance
between rationalizing the panel shapes and regularizing
the supporter heights through a rigorous parametric
analysis that lasted five months. In the end, both the
number of panel types and the number or supporter
heights were reduced to reasonable amounts in order to
accommodate the schedule and construction budget.

Figure 9: Finding Balance

Figure 7: Waterproofing Layer Detail

Figure 8: Unrolled Diagram of Waterproofing Layer

4.3 SUPPORTERS ON “HIDDEN AXES” – THE
PANEL SUPPORT SYSTEM
Another major technical challenge was the configuration
of the supporter system that is affixed to the top of the
rafter and attaches to the bamboo panels above at multiple
locations. There are two major precedents for this system
typology (connections between panels and structure). In
the first approach, each supporter is exactly the same
while every panel is prefabricated to a unique shape in
order to accommodate the roof’s form. A number of
projects by Zaha Hadid exemplify this approach, which
implies great construction cost and intensive labor. In the
second approach, each panel is the same, with each

In order to allow the panels to form seamlessly to the roof
profile while avoiding collisions between them, each
bamboo panel is slightly tilted. As a result, the height of
each panel supporter is different, and in addition, some
supporters carry multiple panels- up to three. Through a
careful research and coordination process the design team
created a series of hidden north-south axes that
determined the supporter locations, and then adjusted the
supporters on each axis to roughly the same length while
ensuring that each panel would be carried by four
supporters. Through this process, the problems of panel
support, gaps between staggered panels, connections to
the waterproofing layer and panels were solved
seamlessly.
Regarding parametric design, the coordinates of
supporters and the spacing of bamboo panels are the direct
result and development of and adjustment from a series of
points extracted from the surface defined by the building’s
north and south profile. This process is not intuitive, but
rather is preset, and the final form is decided by judging
the results of the process. After completing this process,
the design team created a handbook for construction,
nicknamed “Detail,” which was then provided to the
Italian subcontractors as a guide. With the help of this
handbook, the roof panels were assembled quickly and
efficiently, much like IKEA furniture.
4.4 THE “SCRIPTED” BAMBOO ROOF: THE
BAMBOO PANEL SYSTEM.
The top layer in the roof system is a system of sunshades
composed of bamboo-covered aluminum panels. Based
on a transition between two parametric line types - the
NURBS curve to the south (the landscape profile) and the
polyline to the north (the city skyline), this form is not
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actually “designed” via a process of aesthetic judgementrather, it is computed or “scripted”.
Simplified via a process of parametric analysis, the
paneling system consists of 1052 individual panels. Each
panel measures around three meters by one meter, and are
divided into four primary categories: Square, Trimmed,
Folded, and Double-Folded. Like the roof system itself,
the bamboo panels are conceived as a series of layers, with
70 mm wide strips of bamboo on the top (accommodating
the scale of the exterior) and 50 mm wide bamboo strips
below (responding to the more intimate scale of the
building’s interior) with a 50 mm x 50 mm aluminum
fram in between. After talking with bamboo
manufacturers in the provinces of Zhejiang and Jiangxi,
the architect chose to use prefabricated bamboo strips that
are inexpensive, corrosion-resistant, and uniformly
colored. The bamboo strip and aluminum frames are
prefabricated in China, and then transported and
assembled in Torino, Italy.

Figure 11: Bamboo Panel Configuration

Early in the process, the architect decided that, for the
roof, texture was more important than the pattern of the
interlaced bamboo strips. A final porosity of 75% was
decided upon in order to reduce the amount of direct and
reflected light into the interior and also to provide shading
in the summer. The weight of each panel was limited to a
maximum of 65 kg in order to simplify installationaccording to Italian building regulations, any roof panel
weighing over 70 kilograms must be installed by a team
of three.
The bamboo texture flows along the roof on the tilted
panels, covering the pavilion with a delicate and warm
woven layer. Inside, the evocative light and shadow
effects created by the panels on the PVC will change with
the time and season. The space created by the roof, in
which nature is the primary element, is the best
representation of Chinese space.
Figure 12: Photograph Showing Roof Panels © Sergio Grazia

Figure 10: Panel Type Count

Figure 12: Photograph Showing Roof Panels © Shao Feng
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5 REFLECTING ON NEW
CHALLENGES AND TASKS FOR
CONTEMPORARY CHINESE
ARCHITECTS
With a limited budget (with an area six times of the
Vanke Pavilion for Expo Milano 2015, but only one
third of the budget) and schedule (only seven months for
construction), the design team hopes to embody the
Chinese spirit by making full use of local building
materials and craft as well as the most contemporary
parametric technologies.
The project team is international in its makeup. With the
Tsinghua Academy of Arts & Design as the core of the
design team, the architectural design was completed in
Beijing and New York. The Pavilion’s structural
consultants are based in New York and in Italy. The
project’s parametric design consultant lives in Los
Angeles. The Pavilion’s enclosure consultants are
located in Shanghai and Torino, and the MEP
consultants are located in Italy and Beijing. The Italian
general contractor has previously worked with Renzo
Piano and Daniel Libeskind. The team that was
assembled to install the PVC layer, panel supporters and
roof panels hails from Germany and consists mostly of
professional mountaineers. This complex international
collaboration calls for intensive coordination, in order to
make the collaboration more efficient.
.
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CASE STUDY: AN 18 STOREY TALL MASS TIMBER HYBRID STUDENT
RESIDENCE AT THE UNIVERSITY OF BRITISH COLUMBIA, VANCOUVER
Paul Fast1, Bernhard Gafner2, Robert Jackson3, Jimmy Li4
ABSTRACT: This article outlines the structural design approach used for the Brock Commons Student Residence
project, an 18-storey wood building at the University of British Columbia in Vancouver, Canada. When completed in
summer 2017, it will be the tallest mass timber hybrid building in the world at 53 meters high. Fast + Epp are the structural
engineers, working in conjunction with Acton Ostry Architects and Hermann Kaufmann Architekten. Total project costs,
inclusive of fees, permits etc. are $51.5M CAD.
KEYWORDS: Tall Wood Buildings, CLT, Mass Timber, Rolling Shear, Prefabrication, Tolerances, Damping

1 INTRODUCTION 123
Brock Commons is an 18-storey mass timber student
residence currently under construction at the University of
British Columbia in Vancouver, Canada. The 53-metertall structure is comprised of 16 floors of five-ply cross
laminated timber (CLT) floor panels, point supported by
glulam columns on a 2.85m x 4.0m grid. Beams were
eliminated from the design by utilizing CLT’s two-way
spanning capabilities. A single-storey concrete podium at
the base, a prefabricated steel roof, and two full-height
concrete cores for lateral stability complete the structure.
See Figure 1 and 2 for building renderings.

Figure 2: Building Component Rendering

Building design began in December 2014, and
construction commenced in October 2015, just 11 months
later. In addition to the construction capital funding put
forward by the University of British Columbia for the
project, four external agencies also contributed funds for
research and design, promoting the mass timber building
and engineering industry in Canada.
Figure 1: Building Rendering

1

Paul Fast, P.Eng., Struct.Eng., FIStructE, P.E., BK Berlin, Fast
+ Epp Structural Engineers, pfast@fastepp.com
2 Bernhard Gafner, P.Eng, MIStructE, CEng, Dipl. Ing., FH/
STV, Fast + Epp Structural Engineers, bgafner@fastepp.com

The intent of the project was to create a mass timber
building whose construction cost would be on par with
the unit cost of a concrete tower in the local construction
market. This building demonstrates that mass timber is a
viable option in the high-rise market.
3 Robert Jackson, E.I.T., Fast + Epp Structural Engineers,
rjackson@fastepp.com
4 Jimmy Li, P.Eng, Fast + Epp Structural Engineers,
jli@fastepp.com
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2 CODES & STANDARDS
The current British Columbia Building Code (BCBC
2012) limits the height of wood buildings to six storeys 1.
As such, a special approvals process was required for this
project. The design is based on a Site Specific Regulation
(SSR), administered by the Building Safety and Standards
Branch of the BC Provincial Government and applicable
solely to this project and site.
One specific requirement of the SSR was that the building
be designed according to the not-yet-adopted 2015
National Building Code of Canada (NBCC) rather than
the prevailing BCBC 2012. The main impact of this
requirement was an increase in the applicable seismic
acceleration values, which are approximately 50% higher
than those associated with the older code at a 2-second
period.

To help achieve a high level of prefabrication for all
design disciplines, a third-party consultant modelled the
building and helped coordinate design documents prior to
and during construction. This 3D model, created with
CATIA software, includes fully detailed structural
elements
and
connections,
as
well
as
mechanical/electrical systems and architectural fit-outs.
The model allowed all CLT penetrations for mechanical
and electrical sleeves to be fully coordinated during the
design process and to be converted into fabrication files
(CAD/CAM) needed to for CNC machining. Component
renderings from this model can be seen in Figure 3 and 4
below.

Two independent structural engineering peer reviews
were completed for this project, as mandated by the SSR.
The first independent review was completed by Merz
Kley Partner ZT GmbH in Dornbirn, Austria. The second
was completed by Read Jones Christoffersen Consulting
Engineers in Vancouver, Canada. An in-house structural
engineering peer review was also undertaken at Fast+Epp.
The SSR also specifies the fire rating requirements of this
unique building system. Allowing the columns and CLT
panels to char in a fire event is indeed a feasible and
accepted engineering solution to achieve the required fire
rating of two hours; however, type X drywall cladding
was selected as the fire protection strategy to expedite the
approvals process, and to raise the acoustic performance
of the units.

Figure 3: Concrete Elements

This project received the second SSR issued in the
province, following in the footsteps of the 6-storey Wood
Innovation and Design Center project at the University of
Northern British Columbia in 2014.

3 STRUCTURAL SYSTEM
3.1 DESIGN APROACH
In order to meet the cost objectives for the project, a
disciplined team design approach had to be employed.
The intent was to keep the structure simple and sensible:
develop a prefabricated “kit-of-parts” that could be
installed quickly and easily, with minimal labour on site.
Materials were used where they made sense.
Early on in the design phase, the construction manager
was appointed, and the timber installers/supplier and
concrete trades joined the team in a design-assist role.
They provided real-time feedback on the evolving
structural design, gave schedule projections, and offered
valuable constructability advice.

Figure 4: Timber Elements
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3.2 GRAVITY SYSTEM
CLT is often used as a one-way decking system, largely
ignoring the two-way spanning capability afforded by its
cross laminations. By using CLT to span in both
directions, the design team was able to eliminate beams,
significantly reducing the structural depth, and thereby
creating a clean, flat, point-supported surface allowing for
unobstructed service distribution as in flat-plate concrete
construction. Further, by adjusting the column grid and
architectural program to suit the maximum available
panel size, the team was able to both minimize the overall
number of panels (and therefore the number of crane
picks) and maximize structural efficiency.
Finite-element analysis of the CLT panels was carried out
with Dlubal RFEM software with an add-on module to
analyze laminated shell elements. Approximations and
hand calculations using first principles were used to
validate results from the software. Based on an initial
analysis, the moment and deflection demands exceeded
the capacities of standard 5-ply panels available in
western Canada. To achieve the required performance, a
custom layup was designed using machine stress-rated
spruce laminations on the outer layers with an elastic
modulus of E = 10 300 MPa and a specified bending stress
capacity of fb = 23.9 MPa. The inner layers are based on
typical No.1/No.2 spruce-pine-fir (SPF) lumber with E =
9500 MPa and fb = 11.8 MPa2.
In addition to stiffness and bending requirements, rolling
shear stresses at supports are typically a controlling factor
in two-way, point-supported CLT floor plates. A rolling
shear failure is one in which the fibers “roll over” each
other due to shear forces perpendicular to grain. The only
North American code or material standard reference that
speaks to this issue is the CLT fabrication standard
ANSI/APA/PRG 320, which specifies rolling shear
resistance values, fs, for CLT panels at approximately
one-third of longitudinal shear resistance values, fv3.
However, recent research by Mestek, et.al indicates that
rolling shear capacities are higher in point-supported
panels due to added restraint from the high compressive
forces near the supports4.
A simple method for calculating the rolling shear stresses
in point-supported panels is to approximate the shears
based on tributary area and panel geometry (Figure 5),
similar to the procedure outlined by Mestek, et.al4.

The rolling shear stresses can be found based on the
directions of load transfer and the layup orientation, at
each section of the critical perimeter. See Equation (1).

1 

(1.5)(V 1)
( B1 )( D1 )

(1)

Where Ƭ = rolling shear stress (MPa), V = load based on
tributary Area (N), B1 = distance to critical section (mm),
D1 = Panel depth (mm). See Figure 6 below for
clarification. Note that Equation (1) applies to V3/Ƭ3 as
well, by way of symmetry.

Figure 6: V1 or V3 Shear Area

The same principles can be applied for Ƭ2, as shown in
Equation (1) below:

2 

(1.5)(V 2)
( B2 )( D2 )

(2)

Where Ƭ = rolling shear stress (MPa), V = load based on
tributary Area (N), B2 = distance to critical section (mm),
D2 = Depth to the furthest perpendicular lamination fibre
(mm). See Figure 7.

Figure 7: V2 Shear Area

There are 78 columns per floor, resulting in 1248 CLT
panel nodes in the building where rolling shear stresses
could be the controlling design factor. Reinforcing the
panel points with inclined fully threaded screws was not a
desired solution due to the significant increase in material
cost and labour.

Figure 5: Plan View of CLT Panel – Shear Approximation
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After designing the custom layup to suit the rolling shear
and flexural demands, the design team completed 18 fullscale load tests on panels from three prospective CLT
suppliers, at FPInnovations laboratory in Vancouver,
BC5. The testing apparatus can be seen in Figure 8, where
two-span continuous panels on six point supports were
loaded along their centrelines, at quarter points.

Table 1: Testing Results For Panels Without Service Holes

Testing Results For Panels Without Service Holes
Average
Factored Design
Ratio
Failure
Load
Load
Supplier #1
374 kN
210 kN
1.8
Supplier #2
358 kN
210 kN
1.7
Supplier #3
402 kN
210 kN
1.9
Table 2: Testing Results For Panels With Service Holes

Testing Results For Panels With Service Holes
Average
Factored Design
Ratio
Failure
Load
Load
Supplier #1
362 kN
143 kN
2.5
Supplier #2
340 kN
143 kN
2.4
Supplier #3
388 kN
143 kN
2.7

Figure 8: CLT Testing Apparatus

Based on the test results and failure modes observed,
rolling shear capacities are significantly higher than the
values published in ANSI/APA/PRG 3203. In addition,
there appeared to be some capability for the CLT to
redistribute forces as internal shear cracks propagated
through the panel before the critical failure mode
occurred. Multiple types of shear/bending failures were
observed near the supports (Figure 9).

The solid panels without service holes controlled the
panel design, as they were subjected to heavier corridor
loading. By taking off the load amplification factors, as
well as the material strength reduction factors (ɸ), it is
desired to see testing results at least 2.0 times the
calculated capacities.
Additional information on the CLT testing can be found
in the WCTE 2016 “Structural Behaviour of PointSupported CLT Floor Systems” paper by Popovski, et.al.
3.3 LATERAL SYSTEM
The primary lateral support for earthquake and wind
loading consists of two concrete cores. Although timberbased lateral force-resisting systems such as CLT
walls/cores, timber braced frames, or post-tensioned/selfcentering systems were feasible design options for this
project, the testing, time, and costs required to obtain
regulatory approvals would have negatively impacted the
client’s budget and completion date.
The cores were designed as ductile concrete shear walls
in the shorter, north/south direction and partially coupled
ductile concrete shear walls in the longer, east/west
direction. Building fundamental periods are T=2.0s eastwest and T=1.65s north/south; the design base shear
correlates to 4.5% of the building weight.

Figure 9: CLT Shear Failure at Support

Two types of panels were tested, one with an 800mm x
800mm mechanical service penetration, and one solid
panel, both of which were two span continuous. Loading
results can be seen in Table (1 & 2) below5.

In addition to the cores, the floor diaphragms are a critical
part of the lateral system and must be designed to remain
elastic when the cores yield in flexure2. This requirement
results in diaphragm design forces of up to Vf = 16kN/m
in the CLT panels and connections for this structure. The
CLT spline connection consists of continuous Douglas Fir
plywood splines, nailed into CLT dadoes with ring shank
nails to transfer in-plane diaphragm shear forces.
Additional partially threaded screws transfer vertical
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shear across the joint and ensure a flush panel-to-panel fit
(Figure 10).

Figure 10: CLT Spline Detail

To drag diaphragm forces into the cores, steel straps were
fastened to the CLT floor plates with partially threaded
screws and bolted to cast-in embed plates (Figure 11).

4.2 COLUMN SHORTENING & SHRINKAGE
In tall wood buildings, axial column shortening needs to
be considered during design. When properly accounted
for, the shortening should not negatively affect the
construction, use, or long-term performance of the
building.
Several factors affect glulam column shortening:
 Dead load elastic axial shortening (Δ = PL/AE)
 Live load elastic axial shortening (Δ = PL/AE)
 Shrinkage parallel to grain
 Joint settlement
 Column length tolerances
 Wood creep
The main concern surrounding these shortening effects is
the impact the deformations can have on the vertical
mechanical services and the elevation tolerances between
the wood superstructure and the stiff concrete cores. The
effects of these factors culminate at the roof level, where
all columns below contribute to the shortening. Figure 12
shows the nearly 50mm of estimated deflection at the roof
if left unmitigated.

Figure 11: Drag Strap Detail at Core

Similar to the diaphragms, the raft slab foundation was
designed as a “capacity-protected” element, in this case to
resist overturning moments equal to the probable flexural
capacity of the cores6. The probable capacity of the cores
is calculated by removing material safety factors and
increasing the yield strength of the reinforcing by 25%,
resulting in a calculated capacity of approximately two
times the design value.

4 SPECIAL CONSIDERATIONS
4.1 PRE-FABRICATION
Pre-fabrication needs to be an essential consideration
when designing tall wood structures. Well-planned
erection and shop drawings are key to ensuring smooth
production and installation of timber elements. This
results in less errors on site, less remedial work, and a
shorter overall construction schedule. All CLT and glulam
elements are CNC machined with quality control
protocols to better ensure a seamless erection of the timber
superstructure.

Figure 12: Cumulative Axial Shortening at Roof

The strategy for mitigating these effects is to add a series
of 1.6mm-thick steel shim plates at the column-to-column
connections at three strategic levels: L7, L11, and L15.
The total shim package thickness varies with assumed
stresses to correct for differential shortening. Due to
expected variations in elastic modulus and a degree of
uncertainty surrounding the anticipated shortening values,
only 50% of the calculated deformations are being
shimmed in order to avoid overcompensation.
This
approach results in approximately five 1.6mm-thick
shims at each of the three reset levels (24mm total).
Continuous mechanical stacks and HVAC services have
been designed to accommodate up to 32mm of deflection.
A detailed design of the connection can be seen in Figure
13: hollow structural section (HSS) spigots with base
plates slide into one another to provide steel-to-steel
bearing. At the strategic levels, the shim plates are
installed at this bearing interface.
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thereby topping dead load would too high, the cast-inplace sills and stair landings have to be chipped down to
accommodate.
4.3 PROGRESSIVE COLLAPSE
Progressive collapse is the sequential spread of local
damage from an initial event from element to element,
resulting in the ultimate collapse of the building or a
portion thereof. The mitigation strategy for this project is
the column tie method as outlined in EN 1991-1-77. By
installing a bolt and cotter pin through the steel tube
sections and epoxying the threaded vertical rods from the
plates into the column ends, an effective tension tie was
created. The floor above will essentially suspend the floor
below in the event of a column failure.
4.4 DYNAMIC WIND-INDUCED VIBRATIONS

Figure 13: Column to Column Connection

As the practical vertical tolerance of the cast-in-place
concrete door and elevator sills is fairly significant at +/19mm, details had to be created to accommodate the axial
shortening of the adjacent timber structure against the cast
sill elevations (Figure 14). The concrete cores are
installed prior to the timber superstructure and do not
support significant gravity load other than their selfweight. Therefore, it is likely that the small amount of
creep and elastic axial shortening will have taken place
before the timber is installed, and could therefore be
ignored.

Figure 14: Detail at Core Sill

The core ledger angle picking up the CLT is welded to
concrete wall embeds and is installed at its theoretical
design datum. The dimension between the angle and the
cast-in-place concrete door or elevator sill is being
measured at each level to determine if the in-situ
discrepancy from theoretical can be made up by sloping
concrete topping up or down within allowable dead load
limitations. In cases where the angle is too low, and

The NBCC 2015 requires a dynamic wind load analysis
when structures are greater than 120m tall, have a height
to width ratio of greater than 4.0, or have natural
frequencies of less than 1.0 Hz. As this structure’s first
mode has a frequency of 0.5 Hz, a dynamic wind load
analysis was undertaken. The building’s vibration
behaviour was studied using a finite-element model with
a 10-year return period for wind loading. To ensure
occupant comfort, the building was designed to limit
wind-induced accelerations at level 18 to 1.5% of gravity
(15 milli-g).
As part of this analysis, a value for damping needed to be
assumed, although limited research has been completed
on the topic of damping in tall timber buildings. A recent
FPInnovations paper reports in-situ damping ratios for
three mid-rise mass timber buildings with varying lateral
force-resisting systems8. The values, determined with
ambient vibration testing, range from 1.0% to 4.0%. The
report also suggests that damping increases significantly
when non-structural components such as finishes and
partitions are included. Other reports from various sources
confirm these damping values. Based on this information,
a sensitivity analysis was performed with various
damping values between 1% and 3%. Accelerations at
level 18 fell within the design limits with a damping value
of at least 1.5%. For a student residence building with
multiple full-height partitions on every floor, this
damping value seems reasonable. These damping
assumptions will be monitored with building sensors,
which is further discussed in Section 4.8.
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4.5 PROOF OF CONCEPT MOCK-UP
To help improve the constructability of the proposed
design, the construction team completed a full-scale
mock-up of a portion of the building, 8 m x 12 m in plan
and two storeys tall (Figure 15 & 16). The mock-up
included several connection types to help determine
which to use in the final design and how to optimize them.
In addition to the structural lessons learned, the mock-up
was also used for the development and evaluation of
various building envelope systems considered for the
project.

required column size, thus reducing the overall volume of
glulam. The most notable improvement from the mock-up
prototype to the final version was the revision from
welding the threaded rods and HSS to the steel plate to
drilling and tapping them with a CNC machine. The
welding of the rods and HSS caused warping and cupping
of the steel plate, which adversely affected the bearing
connection. By switching to a CNC-machined detail, the
overall length tolerances could be reduced to +/- 0.5mm,
better matching the dimensional tolerances of the CNCmachined timber elements.
4.6 CONSTRUCTION TOLERANCES &
SEQUENCING
A carefully detailed structural system that accounts for
construction tolerances can greatly reduce the risk of onsite issues causing delays and undue costs to the owner.
All material interfaces were identified and evaluated in
regards to their material standard tolerance compatibility.
Where required, the details were adjusted to overcome the
discrepancies, where in other cases, the specifications
required a project-specific adjustment. Additionally,
quality control (QC) requirements have been outlined in
the specifications for all CLT and glulam elements.

Figure 15: Proof of Concept Mock-up (1)

Figure 16: Proof of Concept Mock-up (2)

Three different column-to-column connections were used
in the mock-up. The first connection was very simple with
a wood pedestal/tennon machined into the top, two locator
pins, and a thin steel bearing plate to allow for uniform
end-grain bearing. The second connection was similar to
the first but with glued-in rods and a thicker bearing plate
in an effort to provide some base fixity to the column.
The steel HSS column-to-column connection described
above was selected over the two different wood-to-wood
connections, as it proved the easiest to erect and shim
while also providing the tightest tolerances and smallest

In order to facilitate the use of one crane and provide
sufficient time for manufacturing and shipping of the
heavy timber elements, the construction team is erecting
all 18 stories of the concrete cores before the wood arrives
on site. Once the cores are fully erected, the crane will
switch over and begin to install the timber and envelope,
which is scheduled to begin in May 2016. The
prefabricated curtain wall system is clad with Trespa®
panels, consisting of 70% wood-based fibres and resin.
The envelope panels will be installed in 8m-long
segments, in parallel with the timber erection. This
sequence will provide weather protection at each floor and
allow building fit-outs to begin immediately.
The timber and envelope installation sequence will be
completed in four phases. The first will be erecting all
columns on one level, diagonally bracing them, and using
horizontal spreader braces at the column caps to set the
grid. The columns will be installed by hand from bundles
on the active deck, freeing up the crane for envelope panel
installation. The second phase is the installation of the
CLT panels, stitching adjacent panels as the active deck
moves away from the cores. The third is the installation
of the steel drag plates and perimeter angles supporting
the curtain wall system. The fourth is the installation of
the envelope panels on the floor below the active deck.
This installation sequence will repeat itself. Currently, the
anticipated erection time of the timber and envelope
elements is one week per floor, but efficiencies are
expected. Concrete construction progress as of March
2016 can be seen in Figure 17.
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sensors will be placed on the concrete cores to record the
building’s angle of inclination during a seismic event. The
data collected from the accelerometers and inclination
gauges will help to verify the building’s performance in a
significant seismic event.
The string pots will measure the floor-to-floor axial
column shortening at strategic levels, which will provide
more insight into axial column shortening in highly
loaded glulam columns.

Figure 17: Current Progress.

4.7 WEATHER PROTECTION STRATEGIES

Lastly, moisture meters (Figure 18) and data loggers will
be installed in the CLT panels, collecting data from the
manufacturing plant to the final installed condition. The
meters will continue to measure moisture content
throughout the service life of the building. In a few years’
time, this will give an effective moisture content timeline
from fabrication to moisture equilibrium.

A considerable effort was made to complete the design
and all concrete work to level 18 during the winter and
spring months, in order to have a summer installation
window for the timber and envelope elements. The timber
is scheduled to arrive on site in late May 2016. However,
with Vancouver experiencing significant rainfall
throughout the year, sometimes even in the summer
months, a weather protection strategy had to be created.
The first strategy, as previously noted, is to bring up the
timber elements with speed, in tandem with the envelope
panels. The second strategy is to provide a temporary
coating on the exposed face of the CLT panels to repel
moisture when it rains. Testing was completed on
multiple sealers by RDH Building Engineering Ltd. to
select the product. The third strategy is to install peel-andstick tape over all machined mechanical penetrations and
along the splines to stop water from penetrating to the
floor below. Lastly, a sink-style drain will be created with
plywood at each of the ten 800mm x 800mm mechanical
shafts per floor. This will allow the water to be effectively
managed on site.
Temporary cover solutions were considered for the
project but were found to be too costly and restrictive to
the erection sequencing.

Figure 18: Moisture Meter Probes

4.9 FURTHER INFORMATION
Table 3: Project Data

Project Data
Owner/Client

4.8 MONITORING
In an effort to better understand the unique behaviours of
this building, the structure will be fitted with
accelerometers, moisture meters, and vertical shortening
string pots. Research teams at the University of British
Columbia and SMT Research Ltd are undertaking this
work.
The accelerometers will allow the research teams to
determine in-situ damping values from ambient vibration
testing (wind). These values will help to determine a
baseline damping ratio for future hybrid buildings of this
type, specifically useful for dynamic wind acceleration
calculations discussed in Section 4.3. Additionally,

Construction
Manager
3D Coordination
Consultant
Timber
Manufacturer
Timber Installer
Concrete/Rebar
Wood (m3)
Concrete (m3)
Total Cost ($ CAD)
Projected
Completion Date

UBC Student and Hospitality
Services & UBC Properties
Trust
Urban One Builders
CadMakers Virtual
Construction
Structurlam Products
Seagate Structures
Whitewater/LMS/Lafarge
2120m3
2740m3
51.5 M (Including Soft Costs)
Summer 2017

WCTE 2016 e-book | 6048

5 CONCLUSIONS
This paper outlines some of the unique engineering
challenges associated with this mass timber building, and
the design strategies used to overcome them. The project
has proven to be cost-competitive with concrete towers in
the local marketplace, which was largely achieved by an
integrated design team, real-time input from trades, and
structural discipline.
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GLUED LAMINATED TIMBER IN BRAZIL: PAST - PRESENT AND
FUTURE
Carlito Calil Neto, Rogerio Fujii, Alexander Takata
ABSTRACT: Almost half of Brazil's area is forest. Technologically manipulated and protected from natural disasters
caused by fire, insects and diseases, forests will last forever. As older trees are removed, they are replaced by new trees
to replenish the wood supply for future generations. The regeneration cycle, or support field, can easily overcome the
volume that is being used. Its industrialization is the next step to its best use and among all products already developed
the glued laminated timber has a high potential for material and still requires a high development in Brazil. This paper
aims to the present situation and perspectives of glued laminated timber in Brazil followed by a number of examples of
works by Rewood - Structural Timber Solutions.
KEYWORDS: Glued Laminated Timber, Brazil, History

1 INTRODUCTION 123
Wood strength, low weight and low power consumption
are essential properties. It is able to withstand overloads
of short duration without deleterious effects. Contrary to
popular belief, large pieces of wood have good fire
resistance and better than other materials in severe
conditions of exposure to fire. From an economic point of
view, wood is competitive with other materials based on
initial costs and advantages when compared to the longterm cost.
The mistaken idea that the wood has a small life has
neglected the use as a building material. Although wood
is susceptible to decay and insect attack under certain
conditions, it is a very durable material when used with
technology and chemical treatment, it can be effectively
protected from deterioration for a period of 50 years or
more. Additionally, wood treated with preservatives
requires little maintenance and painting.

and screws connections, used by Emy colonel. Thus, we
obtained a more homogeneous section and without the
occurrence of slips between the blades.
Thereafter, the MLC evolved in parallel with the progress
occurred with adhesives, which were becoming
increasingly efficient.
This technique, which somehow also arose from the need
of using reforestation wood, formed by Pine found in
abundance in the northern hemisphere, had this wood easy
workability, its great ally. The use of wood in the
laminate-glued technique is still very little used in Brazil,
however has grown tremendously over the years. In 2009,
Brazil had only one Glulam industry with the production
of 240 cubic meters per year; Today in 2015; Brazil has
six main industries of Glulam, as shown in the Figure 2:

2 GLUED LAMINATED TIMBER in
BRAZIL
So it has knowledge of the manufacture glued laminated
timber began in the nineteenth century. The most striking
example that can be cited is the arches composed of
lamellas (boards) bent and overlapping, held together by
mechanical connections. This technique was introduced
by Colonel Emy late last century.
However in 1906, with the appearance of casein glue
(derived from milk) that the Swiss master carpenter Otto
Hetzer had the idea of replacing the glue, metal clamps
1
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Figure 2: Glulam Industries in Brazil

While in Austria with only one industry is produced
170,000 cubic meters of glue-laminated timber per year,
Brazil joining all four factories produce around 5,000
cubic meters year.
Among the species used in Brazil to manufacture glued
laminated timber are most commonly used species
Eucalypt and Pine Treated with CCA and CCB. In Figure
3 you can see that Rewood is the only industry that works
with booth species of wood.

It was also noted that the processing and the handling of
materials and adhesive species require a very strict quality
control, because of these materials are very sensitive to
variations in moisture, temperature, pressure and time.
Another cause that Brazil don’t use as much as glulam as
it should is the price. The cost of glulam in Brazil is about
$ 2,000 per cubic meter, which makes it impossible at
small spans but in spans bigger than seven meters long
glulam is more profitable as we can see in Figure 4.

Figure 4: Price per cubic meter – Brazil / Span
Figure 3: Species of manufacture Glulam Industries in Brazil.

In order to understand what is the difference between the
behaviors of the species glued was conducted
delamination and shear tests with 3 types of species Pine
, Teak and Eucalyptus and 3 types of glue; Polyurethane,
Melamine and Phenol Resorcinol and 3 types of treatment
CCA, CCB and CCBS.
The criteria to be considered for the “use classes” for
acceptance of combination-type adhesive-preservative
treatment as following:
- for delamination test the Standard 0112.10 CSA believes
that the delamination of glue all lines of the specimen
should not exceed 1%.
- for the shear test, it is assumed coefficient of variation
28%, similar to that prescribes the Brazilian Standard
NBR 7190. Should take into account also the failure
mode.
- Specimens with total break in adhesive line due to the
dry conditions were substandard.
- Specimens with total break in the line of adhesive in wet
condition were classified as a class for “internal use”.
In the end of this experimental the combinations carried
out which showed that the best performance was reached
by Pine wood with any type of adhesive or treatment
discussed, so it can be used in external mode. Lyptus
wood, for any combination of patch treatment, falls into
internal use class. Teak wood can be used indoors
(adhesive Polyurethane and all kinds of treatment) or
external (Phenol – Resorcinol adhesive and all kinds of
treatment).

Today the industry Rewood - Structural Timber Solutions
is one of the biggest industries in Brazil, it has been
working with glulam in the Brazilian market since 2010.

Figure 5: Rewood Industry.

Its plant has about 5.000 square meters and its glulam
limitations are 25 meters long, 27 centimeters width and
1.3 meters height, it not only manufacture straight beans
but also curved beans.
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and density. In fact, Angelim is 3 times harder than red
oak and it's also harder than maple, and mahogany. This
coarse Brazilian hardwood is also used for outdoor
decking, pools, railings, and marine work. Angelim wood
is very popular amongst builders and homeowners
because it's highly resistant to decay, termites, and other
wood damaging agents.

Figure 6: Rewood’s glulam.

The increase of the use of glulam in Brazil is being in
high-end residential homes and public places. A pilot
project is Catuçaba Ecovillage, located near to São Luiz
do Paraitinga – SP is a good exemple. The land, which
houses an old colonial coffee farm where he now runs a
hotel.
In this house was used 69,58m³ and has 250sqm of total
area, various other strategies of this residence had to be
radically conceived and developed to protect the sensitive
environment in which it is located and not interfere
irreversibly on site. The whole house is made of glued
laminated timber of Angelim 100% certified and
prefabricated, promoting legal timber extraction and
construction of cleaner and more efficient work. The
project was developed by Studio mk27, signed by the
architect Marcio Kogan, co-author of the Lair Reis.

The Angelim tree is found in Brazil and various regions
across South America. Its tree has a diameter of 5 feet and
can grow anywhere from 50 to 120 feet tall. It is part of
the Leguminosae family, which consists of over 18,000
species and 650 genera, making this family one of the
largest flowering plant families in the world. Most of the
plants in this family play a major role in agricultural
development. Many of these plants produce beans,
chickpeas, peas, and licorice.
However, the
Hymenolobium Petraeum genera are what produce strong
and coarse wood known as Angelim Pedra. This type of
decking wood is also known as Angel's Heart or simply,
Pedra.
The name Angelim is used for a wide variety of coarse
woods in the Leguminosae family. Angelim woods are
usually found within the Hymenolobium genus or Andira
genus. The other types of wood in the Angelim group
include: Angelim Vermelho and Angelim Nero.

Figure 5: Catucaba Ecovillage.

In order to manufacture this project first we need to make
sure that the glulam made from the species of Angelim
would work as a structural member.
Angelim wood is primarily used for hardwood flooring.
However, Angelim is known for its superior durability

Figure 6: Angelim wood.

In this work, test methods and results for quality control
of amendments in the face (shear in the glue line),
delamination and bending are presented These tests were
performed at LaMEM (Wood and Timber Structures
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Laboratory), São Carlos Engineering School, São Paulo
University, in Brazil, in order to evaluate the behavior of
glulam made of Angelim glued with a Japan adhesive
Koyobond KR134 and hardener AX200 according to
ANSI / AITC A190[1] specifications.
To keep two surfaces together is a work of art. There are
several types of adhesives, choosing the right one depends
the materials you want to glue.
The properties of wood have a clear effect on the
adhesive; generally hardwoods are more difficulties than
softwood. The anatomical properties of wood have a
significant influence on the bonding of wood, such as the
variability in density and porosity, heartwood and
sapwood and juvenile wood and maturewood.
Furthermore, there is the influence of the dimensional
instability of reaction wood, as well as the direction of the
grain, in which the penetration relates to the cutting
direction.
Whereas the anatomical properties of wood, relevant
faces of their effect on movement of the adhesive into the
wood structure, ie on the penetration.
Among the species are differences in the growth pattern
of each tree. During the growing season, are formed in
different cell types and sizes, that depending on demand
genetically conducted, which changes over time. So,
growth rings are formed where large cells are formed in
the earlywood and latewood cells in robust.
Some trees exhibit a uniform growth throughout the
growing season, and therefore produce less distinct rings.
One feature to consider in hardwood timber is the profile
of growth rings, which consists of: ring porous, diffuse,
and semi-diffuse, abrupt or gradual transition between
early
and
late
wood
of
conifers.
The adhesive should be chosen considering the weather
conditions of use (use classes), the species of wood, the
preservative used and manufacturing methods.
According to NCh2148.cR2010 the use classes in which
the structural elements are laminated may fall:

The tests are related to the standard CSA 0112.10
(delamination test) were performed.

Figure 7: Test method

Figure 8: Bending Test

After bending the specimens for the delamination test go
to the autoclave where the beginning of the cycle of
delamination.
The shear specimens are then prepared as shown in the
figure 9 to be sheared, one of which first lower left 48
hours in water.

Table 1: Use Classes
Use
Classes
1

Description

2

Coverd

3

Exterior

Interior
Exterior

Moisture of
the wood
≤12%
≤18% for
wood without
treatment
≤20% for
softwoods
with
treatment
Any

Temperature
<50°C

Type od
adhesive
ɪ

<50°C

ɪ

Any

ɪɪ

3 METHODS
The assembly process was made following the adhesive
manual. The average moisture content of plates used was
12%.
Glue dosage used was that specified by the manufacturer
(single line): 180 to 200 g/m2 and a pressure of 10 MPa.
Test methods followed ANSI/AITC A190 specifications.

Figure 9: Shear Test DRY/48hors under water
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4 RESULTS
In table 1 are presented the results for bending tests / shear
tests and delamination tests.
Table 2: Final Results

Average
Number of Specimens
Weight (Kg)
width (mm)
High (mm)
Length (m)
Volume (m3)
Density (kg/m3)
Rupture (kgf)
MOE (GPa)
MOR (MPa)
Delamination (%)
Shear (MPa)
Shear after 48hrs (MPa)

16
7.15
50
100
2
0.01
715
2800
15.2
53
30
5.13
2.3

Figure 9: Delamination Results

5 PROJECT
This project that is showed in figures 10 and 11 was made
and assembly with the company Carpinteria Wood
Structures and it was use about 53 cubic meters of glulam
made with Angelim.

Figure 10: Shear specimens DRY
Figure 10: Catucaba Project

Figure 11: Shear specimens 48 hrs under water
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Figure 11: Catucaba Project Perspectives
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Because of the materials that was used in this house it
became one of a kind, and it was the first house in Brazil
to get the LEED Platinum from GBC (Green Building
Council)

Figure 14: Catucaba House

Figure 12: Catucaba House

Figure 15: Catucaba House

Our biggest challenge now is to increase the production
and spread the use of wood, which is still very small in
Brazil.

6 CONCLUSIONS

Figure 13: Catucaba House

Combinations carried out which showed that Glulam
made with adhesive Koyobond can be use only with
internal use class.
Wood is the symbol of modernity and the future is the way
of renewable materials that do not require artificial energy
for its production: the sun does all the work. Competing
architects, engineers and others who work with wood
establish the missing link between the advanced
technologies in the field of construction and wood grown
in Brazil. This current is what will really determine the
technology and the use of wood to its full potential.
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ESTIMATION OF CARBON EMISSION FACTOR AND CARBON STOCK
OF DOMESTIC WOOD PRODUCTS IN KOREA
Yoon-Seong Chang1, Sang-Joon Lee2, Sejong Kim3, Chang-Deuk Eom4, Yonggun Park5,
Kug-Bo Shim6, Moon-Jae Park7, Hwanmyeong Yeo8††
ABSTRACT: Trees in the forest captures CO2 from the atmosphere and stores the carbon in wood until burned or
decomposed ended up as components in harvested wood products (HWP), such as wooden buildings and furniture. In
the overall effort to reduce greenhouse gas emissions, people have much interest in the role of wood in the global
carbon cycle. In order to account for the carbon amounts in HWP, it is necessary to determine the lifespan of the HWP.
The time that carbon can be stored in wood products can be expressed as the ‘half-life’, which is the time required for
half of the carbon in a wood product to be transformed or eliminated by normal use. The proportion of carbon
remaining in different wood product pools depends on their half-lives. Hence, it is difficult to estimate of half-lives of
various products accurately.
In this study, the "carbon stock utilization method" was applied as a method to derive the half-life of wood products
related to the carbon dioxide emissions in the use stage. By using the derived half-life of wood products, the carbon
stock of domestic HWP about recent 40 years (1970 to 2013) was calculated based on the evaluation model of carbon
stocks in IPCC. Total carbon stock of domestic wood products from 1970 to 2013 was estimated about 11 million tons.
The results of this study show that HWP is an important type of carbon storage that should be considered in decisions
associated with climate change adaptation and mitigation in Korea.
KEYWORDS: Harvested wood products, Carbon storage, Half-life, Climate change

1 INTRODUCTION 123
Harvested wood products (HWP) are known as carbon
sinks in the second commitment period of the Kyoto
Protocol. After harvesting, carbon emissions into the air
were delayed because almost the carbon from forest
remains fixed in the HWP. The maximize carbon storage
can be achieved only if the use of wood from forest with
replanting and regeneration more than just leaved forest.
Although HWP are not only unique solution to the
problem of greenhouse gases in atmosphere, its role
should not be ignored in the retention of these and,
1

Yoon-Seong Chang, National Institute of Forest Science,
Korea, jang646@korea.kr
2
Sang-Joon Lee, National Institute of Forest Science, Korea,
lsjoon@korea.kr
3
Sejong Kim, National Institute of Forest Science, Korea,
woodnol2@korea.kr
4
Chang-Deuk Eom, National Institute of Forest Science, Korea,
willyeom@korea.kr
5
Yonggun Park, Seoul National University, Korea,
gunny007@snu.ac.kr
6
Kug-Bo Shim, National Institute of Forest Science, Korea,
kbshim@korea.kr
7
Moon-Jae Park, National Institute of Forest Science, Korea,
mjpark@korea.kr
8
Hwanmyeong Yeo, Research Institute of Agriculture and Life
Sciences, Seoul National University, Korea, hyeo@snu.ac.kr
†
corresponding author

therefore, the desirability of HWP accounting in national
carbon emission. In this sense, the carbon stock in HWP
has been widely analyzed and studied by different
researchers of numerous countries and they have
accounted in different studies (Pingoud et al. 2001;
Eggers 2002; Skog 2008; Chen et al. 2013; Canal et al.
2014). These approaches differ in the way carbon stocks
are allocated to countries that consume and produce
HWP. The stock-change approach considers the net
change in carbon stocks of HWP within national
boundaries. Thus, stock changes in HWP are accounted
for in the country where they are consumed. The
production approach accounts for the net change in
carbon stocks of HWP produced from domestically
grown wood (Dias et al. 2007).
At the 17th UN Framework Convention on Climate
Change Conference of the Parties (COP) held in Durban
was adopted to account for the carbon stock on HWP
originated from domestically harvested roundwood in
the reporting country. As a result, quantitative evaluation
of carbon storage effect of domestic HWP is required.
Recently, as a factor which was required for the carbon
accounting of domestic HWP, the half-life of HWP
indicating the carbon emission has been focused on. In
this study, it was tried to derive the factor and
methodology to determine half-life and carbon stock of
domestic HWP appropriately.
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2.1. Domestic production

2 MATERIALS AND METHODS
According to the method for carbon stocks of HWP,
which were presented in the 2013 IPCC
(Intergovernmental Panel on Climate Change)
Guidelines, it should be accounted based on the FAO
forest products statistics and IPCC default values if the
related country-specific data is not present (Tier 2).
However, if there are country-specific forest products
statistics and associated variable values with the
conditions of the country (Tier 3), those are applied to
methodology.
In this study, by using country-specific production
amount and half-life of HWP, the carbon stocks of
domestic HWP in Korea were measured by tier 3
methods. The "actual accumulated carbon stock" of final
HWP was calculated by using the short-term output of
semi-final HWP the distribution ratio of semi-final HWP
to final HWP depending on their purpose, and the
amount of disuse of final HWP. Comparing this value
and "predicted accumulated carbon stock" that have been
derived by applying the half-life of the final HWP that
have been assumed in the evaluation model of carbon
accumulation in the IPCC, the assumed value of half-life
that make the "actual accumulated carbon stock" and the
"predicted accumulated carbon stock" most similar was
determined as the half-life of final HWP.

Figure 1: Flow chart of carbon stock utilization method
Carbon stock of HWP using actual data was calculated
by following equation:
(CS)=∑i,j[(DP)×(DR)×(PR)×(CF)-(DW)×(FDR)
×(SR)×(CFR)]

(i=by product, j=by year)

(1)

where CS= Carbon Storage (tC), DP= Domestic Production (m3),
DR= Distribution Rate (%), PR= (Domestic) Production Rate (%),
CF= Carbon factor (tC/m3), DW= Disposal Wood (tdrywood),
FDR: Final HWP Disposal Rate (%), SR: Self-sufficiency Rate of
wood (%) and CFR: Carbon fraction (tC/tdrywood)

The accounting models for determining the carbon stock
of HWP by IPCC are expressed as follows:
(1−𝑒 −𝑘 )

C(𝑖 + 1) = e−𝑘 · c(𝑖) + [

𝑘

] · 𝐼𝑛𝑓𝑙𝑜𝑤(𝑖)

𝛥𝐶(𝑖) = 𝐶(𝑖 + 1) – 𝐶(𝑖)

(2)
(3)

where i = time(year), ΔC(i) = change of HWP carbon stock in year,
C(i)=the carbon stock in year, k = annual loss (k=ln(2)/half-life) and
Inflow(i) = carbon stock on production of HWP.

As the available collected period in detailed
classified of waste statistics in "status of waste
generation and management" has been limited to
from 1996 to 2012, domestic production statistics
of the primary wood products such as lumber,
plywood, particle board and MDF in "change and
forest products supply and demand changes in the
forest resources (1996-2005)" and "Forestry
statistics Annual Report (2006-2012)" were used
(Table 1).
Table 1: Statistics of semi-final HWP produced in
Korea
Years

Lumber
3

Plywood
3

PB

MDF
3

(1000m )

(1000m )

(1000m )

(1000m3)

2012

2,258

434

801

1,712

2011

2,430

455

795

1,812

2010

2,547

450

919

1,836

2009

2,975

494

934

1,655

2008

3,056

667

950

1,690

2007

3,393

764

955

1,717

2006

3,212

741

777

1,642

2005

3,985

680

847

1,653

2004

3,780

758

896

1,584

2003

4,380

888

794

1,318

2002

4,410

886

728

1,229

2001

4,420

801

723

1,009

2000

4,544

817

722

931

1999

4,300

774

672

831

1998

2,240

641

507

571

1997

4,759

1,014

721

728

1996

4,291

896

659

720

2.2. Carbon factor
In order to know the amount of carbon contained
in the wood products, it is necessary to composition
ratio of carbon and basic density. Currently,
activities data of forestry in Korea were developed
㎥)
of basic density of various species of wood (td.m./㎥
(coniferous and broad-leaved forest). So, it has
been applied to basic density for carbon accounting
of wood products (softwood 0.46, hardwood 0.68).

WCTE 2016 e-book | 6059

In the case of the wood panel, there are no studies
that clearly presented for the basic density and the
composition ratio of carbon of domestic wood
products used the default values of the IPCC.
Lumber is 0.235, wood panels are 0.294 and
construction waste (building materials, temporary
material) is 0.5, municipal waste (furniture) is
0.468, it has been applied to carbon component
ratio (Table 2).
Table 2: Default and country-specific factors to
convert from product unit to carbon
Sawnwood
Density

0.47

(tdrywood/m3)

(Country-specific)

Wood panels
0.628

Carbon
fraction

0.5

0.468

0.235

0.294

(tcarbon/tdrywood)
Carbon factor
(tcarbon/m3)

2.3. Distribution Rate
Depending on the utilization rate of the domestic
wood products in "wood utilization Survey", it was
determined to the percentage of semi-final wood
products distributed to each of the final wood
products. Lumber is used to the average data from
2008 to 2013, plywood is used to those from 2009
year, particle board and fiber board are used to
those from 2010 to 2013 years. Lumber is used to
the average data from 2008 to 2013, plywood is
used to those from 2009, particle board and fiber
board are used to those from 2010 to 2013.
To applied to the whole of the percentage that has
been derived for each wood products, the final
wood products separated by three categories with
building materials (structural materials, including
the interior material), temporary material(including
the temporary material and other items) and
furniture material (furniture, decking, and flooring,
musical instrument manufacturing, including a park
facility) (Table 3).

Table 3: Distribution ratio of domestic semi-final wood products (KFS 2014c)
Semi-final HWP
Final HWP
Structural materials
(structural materials +interior materials)

Lumber

Plywood

PB

MDF

39.8%

93.9%

4.6%

37%

5.8%

-

93.1%

61.1%

54.3%

6.1%

2.3%

1.9%

Furnishing materials
(furnishing materials, instruments, deck, park
facilities)
Structural support materials (structural support
materials, etc.)

2.4. (Domestic) Production Rate
In order to derive the domestic wood products of
accumulated carbon stock, it was applied to the
country-specific statistics with the "Forestry
Statistics Annual Report" from 1996 to 2012.
However, production of the domestic semi-final

wood products not only included roundwood that
has been produced in the country of the forest, but
also included semi-final wood products that are
produced by imported roundwood. In this study, the
proportion of the wood products produced domestic
roundwood was calculated by "wood utilization
Survey" from 2008 to 2012.
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Table 4: Ratio of HWP produced from domestic roundwood
Product

Lumber

Ply
wood

PB

MDF

Input

Semi-final wood products (domestic production) (1,000 m3)

Round

(2008-2012 years)

wood

2008

2009

2010

2011

2012

2013

Total

dom.

451

273

268

242

368

368

1,979

dom.
+imp.

3,014

2,400

1,979

1,917

2,082

2,343

11,755

dom.

1

9

-

-

1

1

12

dom.
+imp.

579

562

399

415

431

426

2,800

dom.

429

760

688

802

820

802

4,301

dom.
+imp.

749

840

688

802

820

802

4,701

dom.

928

1,051

1,317

1,719

1,671

1,445

8,130

dom.
+imp.

1,263

1,511

1,649

1,884

1,810

1,558

9,677

DR

14.4

0.5

91.5

84.0

*dom.:domestic, imp.:imported, DR: Domestic Rate

2.4. Amount of disposal wood products
Amount of construction waste and municipal
waste are derived by "status of waste generation
and management". The statistics of construction
waste are divided from 1996, it was determined to
the range of statistics from 1996 to 2012 years.
2.5. Amount of disposal wood products
There is no waste wood products flow data, the
amount of construction waste in the "improvement
and recycling measures to promote the collection of
waste wood system (Forestry Research Institute
2000)." According to the estimated proportion of 90%
of the waste wood was originated to temporary
building material, 10% of that was originated to
building structural member and an interior member.
And it was calculated to multiply by the building
permit temporary material requirements per area to
total area, the amount of waste wood generated by
new building construction (temporary material).
To determine a number of demolished buildings, it
was calculated with compared to construction in the

building number of the previous year and that of
present year. And the average area and scaffolding
per area (structural materials, interior materials) of
building by multiplying the number of demolished
building. Compare those two data, to derive the
discard rate by sources of construction waste wood.
And fifty percent of the waste wood by municipal
waste was originated by furniture. It was derived
based on the portion of waste furniture among
municipal waste by "available amount calculated
study of circulation resources of wood (Kim 2011)",
2.6. Self-sufficiency rate of wood products
It is difficult to accurately account the amount of
waste wood product. Therefore, in this study are
presented in "Forestry Statistics Annual Report",
the ‘wood self-sufficiency rate’ from 1996 to 2012,
in ‘the discarded final wood products’ in the
present year, it is assumed to be the same as ‘waste
ratio of domestic final wood products’ And despite
different time production, all waste wood products
are discarded in the same year, applied to same
‘wood self-sufficiency rate ‘.

WCTE 2016 e-book | 6061

Table 5: Classification and amount of waste wood by emission source
Waste wood(construction) (ton)
Years

Structural

Total

(10%)

Waste wood(household) (ton)

Structural
support

Total

(90%)

Furnishing
(50%)

etc. (50%)

2012

249,186

24,919

224,267

723,503

361,752

361,752

2011

216,080

21,608

194,472

844,610

422,305

422,305

2010

232,140

23,214

208,926

804,825

402,413

402,413

2009

410,625

41,063

369,563

854,465

427,233

427,233

2008

336,895

33,690

303,206

886,950

443,475

443,475

2007

265,355

26,536

238,820

885,125

442,563

442,563

2006

646,780

64,678

582,102

842,420

421,210

421,210

2005

1,341,740

134,174

1,207,566

825,265

412,633

412,633

2004

1,185,520

118,552

1,066,968

883,665

441,833

441,833

2003

924,910

92,491

832,419

895,710

447,855

447,855

2002

960,680

96,068

864,612

876,000

438,000

438,000

2001

1,135,515

113,552

1,021,964

876,000

438,000

438,000

2000

863,955

86,396

777,560

717,225

358,613

358,613

1999

752,995

75,300

677,696

679,630

339,815

339,815

1998

564,655

56,466

508,190

674,520

337,260

337,260

1997

674,520

67,452

607,068

695,325

347,663

347,663

1996

388,360

38,836

349,524

677,805

338,903

338,903

.
Table 6: Self-sufficiency rate of domestic wood products
Wood products

Domestic roundwood supply

supply and demand

and demand

(1,000 m3)

(1,000 m3)

2012

27,819

4,506

16.2

2011

27,608

4,210

15.2

2010

27,612

3,715

13.5

2009

26,607

3,176

11.9

2008

26,752

2,702

10.1

2007

27,347

2,680

9.8

2006

26,623

2,444

9.2

2005

26,719

2,350

8.8

2004

27,211

2,037

7.5

Year

Self-sufficiency rate
(%)
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2003

27,389

1,740

6.4

2002

29,047

1,605

5.5

2001

26,243

1,533

5.9

2000

27,970

1,592

5.7

1999

27,816

1,694

6

1998

20,081

1,428

7.1

1997

26,452

1,062

4

1996

27,404

1,195

4.3

3 RESULTS AND DISCUSSION
The derived half-lives of domestic final HWP
have been estimated as that of structural materials
are 43 years, furnishing materials are 32.7 years
and structural support materials are 12.7 years.

Since, by using the half-life of final HWP and
distribution ratio of the semi-final HWP which
constitute the final HWP, the half-life of semi-final
HWP was calculated and determined. The derived
half-lives of domestic semi-final HWP have been
estimated as that of lumber is 25.9 years, plywood
is 41.1 years, particle board is 32.8 years, and fiber
board is 35.4 years.

Figure 2: Half-life of domestic construction & interior
materials
Figure 5: Determination of half-life of semi-final HWP

By using the derived half-life of wood products,
the carbon stock of domestic HWP about recent 40
years (1970 to 2013) was calculated based on the
evaluation model of carbon stocks in IPCC. Total
carbon stock of domestic wood products from 1970
to 2013 was estimated about 11 million tons.
Figure 3: Half-life of domestic furnishing materials

Figure 6: Carbon stock of domestic HWP by applying
the country-specific data(Tier 3)
Figure 4: Half-life of domestic construction support
materials
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4 CONCLUSIONS

using a country-specific method: Portugal as a case
study, environmental science & policy 10: 250-259.

Wood, as a renewable natural resource can
significantly reduce the emissions of greenhouse
gases by using long term products. In particular, the
industrial production of the wood products requires
less consumption of fossil energy than the
production of the competing materials likes steel
and concrete. It is possible to maximize the
mitigating effect. Since there are no reliable
statistics on the number of wooden building
removal, and wooden building construction permit
and area, it is hard to derived half-life of HWP from
national statistics now. It is needed to collect more
appropriate national and industrial statistic data for
determining half-life of HWP.
By this study, the information that can be
referenced to the establishment of national policies
such as resources and energy management and
waste management related to wood products (such
as prediction of the carbon content of wood
products in the past and future, establishment of
greenhouse gas inventory in the HWP sector) can
be generated and it is expected to be utilized as
basic data for the systematic control of wood
products as carbon sinks.

Dymond, C.C. 2012. Forest carbon in North
America: annual storage and emissions from British
Columbia’s harvest, 1965-2065. Carbon Balance
and Management 7: 1-20.
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LOW CARBON REFUGEE SHELTERS FROM WOOD
POSSIBILITIES AND GLOBAL IMPACTS

CASE STUDIES,

Matti Kuittin n
ABSTRACT: The amount of refugees is growing steadily. Climate change is already a key driver of humanitarian crises.
The amount of refugees is expected to reach one billion by 2050. As we know that buildings cause a significant share of
global greenhouse gas emissions, the housing needs of these refugees should be met sustainably. Based on case studies,
it can be concluded that wooden shelters have a considerably lower carbon footprint and primary energy demand than
shelters made from non-renewable materials. To grasp this potential, the benefits of using wood in humanitarian
construction should be disseminated to the humanitarian community. However, this promotion should go hand-in-hand
with the implementation of sustainable forestry in the developing countries.
KEYWORDS: Refugee, shelter, mass migration, carbon footprint, climate change, humanitarian aid

1 INTRODUCTION 123
1.1 Climat
ris s

han

is a

y dri r o humanitarian

Looking at the recent statistics [1, 2], it becomes obvious
that climate change has become a key driver for
humanitarian disasters. Changing climate is associated
with extreme weather events [3]. These, together with
urban population growth [4], cause increasing
vulnerability, especially for the less-developed countries
[5]. Therefore, the amount of refugees may reach one
billion by 2050 [6].
Humanitarian disaster response includes providing the
displaced people with decent shelters for emergency and
transitional stages before the permanent housing solutions
are planned and realised. This requires investing money,
materials and labour into temporary structures.
1.2 Th r l an o ar on oot rintin in
humanitarian onstru tion
As is already known, buildings are accountable for around
30% of global greenhouse gas (GHG) emissions and
approximately 40% of primary energy demand [7]. If the
growing amount of refugees are provided with temporary
homes, they should be carried out in a manner that does
not further accelerate the GHG emissions that cause the
climate to change.
Even though temporary shelters are small and short-lived
buildings, their GHG emissions, compared to national per
capita emissions, may be very high and reach a dramatic
overshoot of annual emissions in some cases [8].
1

Matti Kuittinen, Aalto University, matti.kuittinen@aalto.fi

Therefore, it is important to find solutions that enable
humanitarian operators to build low-carbon shelters.
1.3 En ironm nt and ood in humanitarian
uid lin s
There is a growing amount of literature [9-11], guidelines
[12-14] and tools [15-18] that relate to the use of materials
and their environmental impacts in the context of
humanitarian construction. Despite this, the instruction
for the use of wood is rare in the main guidebooks of
humanitarian construction.
So far, only one major international effort seems to be
made for providing the humanitarian operators with
information about the use of wood in disaster response
and development projects. Ashmore and Fowler
collaborated
with
major
global
humanitarian
organisations, the United Nations Office for the
Coordination of Humanitarian Affairs (OCHA), the
International Federation of Red Cross and Red Crescent
Societies (IFRC) and CARE International. As a result of
several stakeholder and expert interviews, they published
“Timber as a construction material in humanitarian
operations” [19]. This online document consists of the
fundamental principles of procuring timber and designing
with wood. It also refers to the life-cycle initiative of the
United Nations Environment Programme (UNEP) for
utilising life-cycle assessments (LCAs) in comparing the
environmental impacts of construction materials.
There are several guidelines for including environmental
aspects into humanitarian construction [20-22]. A number
of qualitative evaluation methods for the estimation of the
environmental impacts of humanitarian construction also

1.4 Unl ashin th ot ntial o ood in lo ar on
humanitarian onstru tion
Wood can be used for temporary structures and is widely
available in most parts of the world. Wood and other biobased construction materials (such as bamboo, palm,
straw etc.) could be used as an alternative for low-carbon
temporary buildings. Several scientific studies have
shown that wood-framed buildings usually have lower
GHG emissions in their production phase and also over
their full life cycle [23-25].
However, there are special concerns that are encountered
when using wood for humanitarian shelters. Especially in
some developing countries, the sustainable sourcing of
wood material can be an issue. Furthermore, the social
acceptance of wood as construction material may also
become an obstacle in regions in which wood is not
traditionally used or where it is considered to bear a status
of construction material of the poor and marginalised
only.

Study 2 Temporary homes in Japan

exist. However, there seems to be a lack of exact guidance
on how to mitigate the carbon footprint of humanitarian
construction. Although the importance for including
climate change mitigation in humanitarian response is
often repeated in the referred sources, the specific
guidance for the mitigation is very limited.

Study 1 Eight transitional shelters
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-

Study 1 focused on the greenhouse gas (GHG) emissions
from the production of the materials of the shelters. Study
2 extended over the full life cycle. These system
boundaries are presented in Table 1, according to the
modularity of the building´s life cycle presented in the
European Standard EN 15643-1. Furthermore, the
included building parts in the LCA calculations are
presented in Table 2.

 = included partially
A1





A2

Transport to factory





A3

Manufacturing



A4

Transport to site



A5

Construction work

B1

Use

B2

Maintenance

B3

Repair
Replacement

B5

Refurbishment



B6

Operational energy use

B7

Operational water use



C1

Deconstruction



C2

Transport

C3

Waste processing

C4

Disposal

Study 2

Study 1

Raw material supply

B4

2 MATERIALS AND METHODS FOR
THE COMPARISON OF
ALTERNATIVE SHELTER
CONSTRUCTION MATERIALS

Study 1: Carbon footprint of eight transitional
shelter models used by the International
Federation of the Red Cross and Red Crescent
Societies [26]
Study 2: Carbon footprint and energy efficiency
of three temporary home types that were built in
Japan after the 2011 Great Eastern Japan
Earthquake and Tsunami [27]

 = included fully





-

nclu e li e-cycle stages in case stu ies



This article presents the potential of wood in this
development. It summarises earlier findings of the author
and discusses their relevance from the viewpoint of
humanitarian wood construction.

2.1 AN OVERVIEW OF THE REFERRED
STUDIES
This paper includes an analysis of the following studies:

Table 1.

Table 2. he inclu e

Produ tion

Constru tion

Us

End o li

uil ing parts



1

Ground work and excavations





2

Foundations and external structures





3

Frame and roof structures





4

Supplementary structures





5

Surface claddings

6

Furniture, equipment and machines

7

Mechanical service equipment
Scaffolding or other construction items
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Table 3. Car on ootprints tn C e o eight transitional shelter projects y the
tra ic emissions o the respecti e countries urther e elope rom

RC an their relation to annual

a.
Location

.
Frame
material

.
Units
built

d.
GHG/m2

.
GHG/
shelter

.
GHG/
project

.
Share of
annual
traffic
GHGs

1. Indonesia, Java

Bamboo

430

0.0113

0.27

116.72

0.21%

2. Indonesia, Sumatra

Wood

7 000

0.0245

0.44

3 080.10

5.42%

3. Peru

Wood

2 020

0.4228

0.78

1 568.60

15.78%

4. Peru

Wood

3 000

0.2290

0.43

1 303.49

13.12%

5. Pakistan

Bricks

10 000

0.7201

1.76

17 649.65

94.50%

6. Haiti

Steel

5 100

0.1179

2.21

11 277.85

1 503.97%

7. Indonesia, Aceh

Steel

20 000

0.9379

0.62

12 310.81

21.67%

8. Vietnam

Steel

215

0.1091

2.87

617.68

1.94%

2.2 STUDY 1: EIGHT TRANSITIONAL
SHELTERS
Eight different transitional shelter designs are presented
by the International Federation of Red Cross and Red
Crescent Societies (IFRC) [28]. These shelters have been
built in the 2010´s across the globe in large quantities. The
total amount of the eight shelter models is 47 765 units
between 2004 and 2010.
The shelter models represent different design responses to
different humanitarian needs. The structures, materials
and design are based on climate conditions, availability of
materials and funds, and response time. Four shelter types
are built from wood or other bio-based materials
(bamboo, palm) and the other four are made of steel or
hybrid frames.
An analysis of the carbon footprint of these shelters [26]
clearly showed that bio-based, especially wooden,
shelters have the lowest carbon footprint and primary
energy demand in their production phase. Even though the
biogenic carbon content of wood or biomaterial is
released back into the atmosphere at the end of the life
cycle of shelters, they have a significantly lower carbon
footprint than steel-framed or hybrid shelters (Table 3).
The GHG emissions arising from the production of
shelters are benchmarked to the annual GHG emissions of
the respective countries (column f in Table 3). The results
of the comparison reveal that, in some cases, the shelter
project emissions are almost the same as annual traffic
emissions (no. 5 Pakistan) or significantly higher (no. 7
Haiti). Naturally, this result is also influenced by the
number of shelters built and the traffic emissions of the
corresponding country. Still, the bio-based shelters (no.
1–4) seem to score very well in this comparison as well.

2.3 STUDY 2: JAPANESE TEMPORARY HOMES
Around 115 000 temporary homes were built in Japan
following the 2011 earthquake and tsunami. The typical
model was a pre-fabricated, steel-framed container.
Alternatives included homes made from sea containers
and logs (Figure 1).
Logs are perhaps an exotic exception in the field of
humanitarian construction. Their use became feasible, as
the tsunami wave fell down great amounts of cedar
forests. Consequently, many local carpenters had lost
their livelihoods in the earthquake. To react to the
situation, the Japanese log house association started to
promote sawing the tsunami-destroyed forests into logs
and other massive wood products. Thus the availability of
both inexpensive material and carpenters resulted in the
use of massive wood construction. However, this was not
a common structural alternative of temporary homes in
Japan or other parts of the world.
The carbon footprint and energy efficiency of these three
structural alternatives for temporary homes were
calculated [27]. The calculations included production of
construction materials, construction work, operative
energy use, retrofitting the temporary homes for better
energy efficiency, deconstruction and transporting the
materials to waste management. Other parts of the life
cycle were excluded, as they were considered not to being
relevant in the context of humanitarian construction.
The findings of the life-cycle carbon footprint
calculations show (Table 4) that the wooden log shelters
have the lowest carbon footprint. Although the energy
efficiency of the stacked sea containers – that were further
insulated with polyurethane foam and sheathed with
construction boards – were considerably better, the low
embodied energy and low amount of GHG emissions in
the production phase of the log shelters resulted into best
overall energy efficiency and carbon footprint.
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Table 4. i e-cycle car on ootprint kgC
e elope rom

e m o three i erent temporary home types in apan

urther

Life-cycle phase

Prefabricated steel shelters
in Sendai

Steel sea container shelters
in Onagawa

Wooden log shelters
in Gohyakugawa

A1-3 Production

171.34

548.95

76.74

0.78

5.20

1.08

11.37

10.54

5.89

159.80

45.39

102.71

C1 Deconstruction

6.29

4.72

3.03

C2 Transportation from site

0.78

3.11

1.08

A4 Transportation to site
A5 Construction
B6 Operative energy use

Total GHG missions

3 .3

The highest emissions are associated with the steel sea
containers. Their structural solutions are not dramatically
different from the prefabricated steel shelters, but they are
stacked on top of each other in two or three storeys. All
other studied shelter types from Japan are one-storey high.
Additional floors lead into the need for staircases and
galleries from which the entrances into the individual
apartments are arranged. Therefore, the material-related
emissions are higher. However, stacking the shelters on
top of each other significantly improves land-use
efficiency, which can be a critical factor in the aftermath
of disasters when cleared land-area is scarce. Also, the
energy efficiency of the shelters improves, as the relative
amount of roofs facing outdoor air is reduced.
This finding applies only to the short service life of a
transitional shelter. They are preferably used only for a
few years. During this time, the emissions from the
operative energy use – which may be significant during
the cold winter months in central Japan – will not yet
accumulate to meet the emissions from the production and
recycling of construction materials. It could be concluded
that only after a service life of ten years, the emissions
from the production of the energy-efficient sea container
shelters would be amortized by the lower operative energy
emissions.
2.4 A om arison o sh lt rs mad
oth r mat rials

rom ood and

Based on studies 1 and 2, it is possible to compare the
relative differences of the GHG emissions of shelters
made from alternative materials. Table 5 presents the
comparison. When comparing the carbon footprint of the
shelters of both referred studies, the emissions of biobased shelters reach 6–41% of the corresponding
emissions of shelters made from other materials.

1 .

1 . 4

Although the result is based on few case studies, it can
still give a signal of a larger trend. This range of emissions
can be considered as dramatic improvement potential.
It has to be noted, however, that the shelters are not fully
comparable. Ideally, only functionally equal objects
should be subject to comparison. In this case, shelters
should have the same technical service life, same thermal
performance and living quality. Nevertheless, in
humanitarian construction the intention is to provide
shelter for the transitional period before permanent homes
are available. All of the compared shelters fulfil this task,
although they are built in different climate zones and
cultures.

3 THE ROLE OF SUSTAINABLE
FORESTRY
3.1 NEGATIVE GHG EMISSIONS OF WOOD
PRODUCTS FROM SUSTAINABLY
MANAGED FORESTS
As wood grows, it sequesters atmospheric carbon through
photosynthesis. The amount of this carbon can be
calculated according to standard EN 16449 [29].
Furthermore, according to product category rules set in
EN 16485, if wood is sourced from a sustainably managed
forest, it enters the product system with biogenic carbon
content that is negative [30]. If wood is sourced from nonsustainably managed forests, this biogenic carbon content
is positive.
The biogenic carbon content of a wood product is released
back into the atmosphere as an emission when the product
is burnt for bioenergy or left to decompose naturally after
its service life and cascades of recycling. Thus, the overall
biogenic carbon balance is zero over the full life cycle of
the product. However, because of the timely importance
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Table 5.

comparison o the a erage car on ootprints o shelters ma e rom i erent materials

Study

Shelter model

Frame
material

Cladding
material

Roofing
material

GHG per m2
(production)

Difference
(wood : other)

1
1
1
1

1 Indonesia, Java
2 Indonesia, Sumatra
3 Peru
4 Peru
5 Pakistan
6 Haiti
7 Indonesia, Aceh
8 Vietnam
Japan 1 Prefab
Japan 2 Containers
Japan 3 Log

Bamboo
Wood
Wood
Wood
Brick
Steel
Steel
Steel
Steel
Steel
Wood

Bamboo slats
Palm mat
Wood planks
Bamboo mat
Brick
Steel
Wood planks
Plywood
Steel
Cement board
Wood

Clay tiles
Plastic sheet
Cement board
Plastic sheet
Aluminium
Steel
Steel
Steel
Plastic, steel
Steel
Steel

11.31
24.45
42.28
22.90
72.01
117.89
93.79
109.14
171.34
548.95
76.74

6%
13%
23%
12%
–
–
–
–
–
–
41%

Wood and bamboo-framed shelters

3 . 4

Other shelters

1 . 2

1
1
1
1
2
2
2

Average GHG emissions from
the production phase

of mitigating the anthropogenic climate change today, the
timing of the GHG emissions can be argued to have
importance.
Because of the referred calculation principles,
sustainably-managed forests may produce wooden goods
that have a very low carbon footprint. Products from nonsustainably managed forests add to the burden of global
warming, as they may lead into loss of forests. Wood
products can be claimed to have a negative carbon
footprint in their production phase only if they are sourced
from a sustainably-managed forest.

–

resistance in areas where deforestation is causing
problems.
From the viewpoint of climate change mitigation, the use
of forest-based goods may have a systemic influence. If
fossil-based goods are substituted with renewable,
sustainably sourced, forest-based goods, the overall
implication can be expressed as Kauppi and Mäntyranta:
“forest is a cake you can both have and eat” [31]. They
argue that the carbon sinks in sustainably managed forests
could be further accelerated by making trees grow denser
and become stouter. This can be enhanced through
logging: “when harvesting is carried out appropriately,
both the volume of timber and the growth of trees are
increased” [31, p.7].

Table 6. he i erence o car on
ootprints o the pro uction o shelters
ma e rom sustaina ly or nonsustaina ly source oo an am oo

b) Sustainable

Difference b:a

In addition, planting new forests for growing local stock
of renewable construction material may cause several cobenefits: soil erosion may be halted, carbon uptake into

a) Non-sustainable

This aspect brings the use of wood into interesting light in
humanitarian construction. Because of deforestation,
illegal logging, corruption and weak governance, there are
great concerns for the sustainability of forestry in certain
developing countries. Thus, promoting the use of wood in
humanitarian construction may face understandable

1

Shelter 1 Indonesia, Java
Shelter 2 Indonesia, Sumatra
Shelter 3 Peru
Shelter 4 Peru
Shelter 5 Pakistan
Shelter 6 Haiti
Shelter 7 Indonesia, Aceh
Shelter 8 Vietnam

11.31
24.45
42.28
22.90
72.01
117.89
93.79
109.14

9.51
10.42
31.78
17.85
70.77
87.08
74.79
95.73

84 %
43 %
75 %
78 %
98 %
74 %
80 %
88 %
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Clear differences can be observed in shelters made
entirely of wood and in shelters made of mixed materials.
Had the shelters been made from sustainably sourced
wood materials, their production-phase GHG emissions
would have been 43–98% of the corresponding emissions
for shelters made from non-sustainably sourced wood.
This calculation is, however, prone to errors. It is not
possible to know if a forest that does not have a certificate
for sustainable management would still be re-planted after
harvesting. Therefore, in reality, the GHG emission
differences can be smaller.
3.3 SUSTAINABLE FORESTRY CAN
GENERATE LIVELIHOODS
In addition to the benefits of environmental sustainability,
sustainable forestry may also offer enhanced social and
economic sustainability in developing countries. If
sustainable forestry is applied, there are likely increased
investments along the value chain of forestry and related
services. This can increase livelihoods and provide wealth
regionally.

Figure 1.
emporary homes rom
apan
re a ricate shelters in en ai top , log shelters in
ohyakuga a mi le an sea container shelters in
naga a ottom
soils accelerated, biodiversity revitalised and air quality
improved.

In fact, it has been found that forestry may play a strong
role in poverty alleviation. Sunderlin et al. [32] concluded
that forests may alleviate poverty by producing resources
to marginalised groups of people in developing countries
and lift people out of poverty through forestry-related
income. Shackleton et al. [33] found that in areas that have
high unemployment rates in traditional agricultural
sectors, forests may provide a significant alternative
income to poor people. Wunder remarks, however, [34]
that although poverty alleviation through forestry has
strong historical evidence from the Northern Hemisphere,
we should not exploit nature for the sake of poverty
alleviation.
Indeed, according to the Food and
Agriculture Organization of the United Nations (FAO),
grasping for the positive potential of forestry in poverty
reduction and avoiding harmful environmental
degradation, proper skills should be offered to local
communities who are shifting from old livelihoods to
forestry-related work [35].

4 CONCLUSIONS

3.2 THE IMPACT OF SUSTAINBLE SOURCING
IN CARBON FOOTPRINT CALCULATIONS

Based on the presented case studies, it seems that wood
and bio-based construction materials may greatly reduce
the GHG emissions of refugee housing. This is highly
important for mitigating climate change, which is a key
driver of forced migration already today.

The carbon footprints of the shelters presented in Study 1
are calculated assuming that their wood material has not
been sourced from sustainably-managed forests. If the
products would be made from wood that had its origin in
a sustainably managed forest, the calculation results
would change. In the calculation, the same principle of
negative carbon footprint is also applied to bamboo and
palm materials used in the shelters. Table 6 shows the
differences of the carbon footprints in the production
phase of the shelters of Study 1.

One may question the relevance of implementing
sustainable design practices in the field of humanitarian
aid. After all, saving lives, alleviating suffering and
maintaining human dignity should be the ultimate target
of all humanitarian activities. However, in the “Core
Humanitarian Standards” [36], the concept of
accountability seems to be broadened from the
conventional financial accountability to environmental as
well. Thus, is may be argued that humanitarian operators
should consider their GHG emissions while building
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homes for refugees. Wooden shelters seem to be the most
prominent solution for meeting these needs in a
sustainable manner.
In addition to providing renewable raw materials for
shelters, forests may also play a vital part in poverty
alleviation. This should be taken into account in disaster
preparedness planning. In areas that are prone to regular
natural disasters (e.g. hurricanes or flooding), forests
should be grown for a supply of construction material for
disaster response. This growing supply of material could
provide local communities with livelihoods, sequester
atmospheric carbon, improve biodiversity, improve air
quality, halt soil degradation and prevent flooding. Thus,
it can be concluded that humanitarian operators should
favour wood and bio-based construction materials
because they have the smallest carbon footprint and
because of the multiple co-benefits they may bring to the
local community.
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EVALUATION AND COMPARISON OF PARICA WOOD FOR
STRUCTURAL PURPOSES
Ângela Maria Stüpp1, Rodrigo Figueiredo Terezo², Talitha Oliveira Rosa³,
Cleide Beatriz Bourscheid4, Carlos Alberto de Paiva Sampaio5
ABSTRACT: The planting of native species has been presented as an excellent alternative production for wood in the
Amazon region. Among the various species planted, the parica (Schizolobium parahyba var amazonicum Huber ex.
Ducke) is among the first species exploited for such purposes. The aim of this study is to determine the modulus of
elasticity (MOE) with different ages (6, 10, 19 and 28 years) by destructive and non-destructive testing, in order to
identify its use in structures. In nondestructive testing, ultrasound equipment was used, according to NBR 15.521/2007
and destructive test was performed according to NBR 7.190/1997. The parica wood was graded as structural uses as
much by the both methods. It was observe that according the NBR 7190/1997, the wood was grade as specie belonging
to class strength C-20, since in the NBR 15.521/2007 the average was graded as C-30. It must be emphasized the
possibility of using ultrasound as a classification tool, as well as the use of parica as structural timber.

KEYWORDS: Schizolobium parahyba var amazonicum, planted forest timber, non-destructive characterization.

1 INTRODUCTION 123
The occupation of northern Brazil through policies that
aimed to ensuring national sovereignty, led to the
construction of strategic roads that became economically
accessible forest areas, giving rise to the growth of
exploitation that now accounts for over 80% of total
production of the country in logs originating from native
forests.
Although the Amazon rainforest is one of the largest
suppliers of tropical native wood in the world market,
and due to a new commercial and environmental
scenario that has been outlined for the planet, as well as
by global pressures in order to preserve the Amazon
rainforest, the planted forest with native species of rapid
growth in the northern region of Brazil has shown as an
economically viable alternative [1].
Although native species plantations have no tradition in
Amazon region, planted forests are becoming more
popular, showing potential as an alternative solution to
1
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the economic recovery of degraded areas is the use of
fast growing species. Moreover, there are several
brazilian native species that are already being planted in
consortium arrangements and pure stands, such as
mogno, ipe, jatoba, cedar, freijó and parica [2].
This activity has been presented as an excellent
alternative to production and marketing wood in the last
twenty years in the Amazon region. Among the various
planted species, the parica (Schizolobium parahyba var
amazonicum Huber ex. Ducke) is one of the pioneers [3].
The parica is considered a tall tree (20-30 mts of height),
and it occurs throughout Brazil, except in the Southern
Region [4]. [5] It’s described that the parica has vigorous
inicial growth, reaching the age of 15 with 55 cm
diameter at breast height (DBH), and approximately 150340 m³ / hectare, depending on the planting density.
Analyzing wood of native trees, it was determined [6]
that the parica belongs to the Leguminosae family and
Caesalpinioideae subfamily, with heartwood and
sapwood slightly distinct, wood white color and
indistinct growth rings. It is indicated for making essel,
containers, pallets, toys, sporting goods and matchsticks,
and, [3] can be used for glued laminated timber beams
(glulam), provided that the criteria for calculating be the
utilization of the C-20 of the NBR resistance class 7190/97 [21]. Its basic density is 490 kg / m³.
The high mechanical resistance compared to its low
density makes the timber an excellent structural material
when compared to other materials such as the concrete
and steel. In this sense, it is important to know its
characteristics by means of appropriate tests.
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In Brazil, although researches with native species
planted are still incipient, they are already conducted in
order to determine the performance as to their use in
structures such as glulam. Researches with native species
for structural use, such as parica, are attached to the
physical and mechanical properties of wood and its
behavior in use in structures. Researches on the
mechanical behavior of these products and their use in
structural systems have led to the expansion of the use of
wood as a building material [7]. However, the economic
viability of the species in the use of engineered products,
such as glued laminated timber is still unknown [2].
The properties related to the physical behavior of wood
are those which have more direct influence on the
mechanical properties thereof. High moisture content
values, for example, interfere with the strength and
stiffness values. Among the wood properties, the
mechanical properties are the most important
characteristics to be analyzed in a characterization test.
The standardization of tests is required for comparison
among wood species [8].
It was pointed out [9] that studies on the quality of wood
should take into account the variations of age. These
variations imply the existence of large differences in the
properties of wood, whose causes are hard to identify in
isolation, due to the multiplicity of factors and the great
interaction among them.
The use of wood in construction should be promoted
considering its physical, mechanical and durability
characteristics, defined in view of its final use, which
involves technical classification standards that provide
the product warranty.
The current technical standard in Brazil is the NBR
7190/97, Structural Design in Wood. This standard
shows the test methods and dimensions of the test
samples, which will determine the physical and
mechanical wood properties. For the non-destructive
testing of dicotyledons the standard is the NBR
15521/2007, Non-Destructive Testing - Ultrasound
applied to the wood of dicotyledons. This standard
specifies the requirements for use of ultrasound
equipment in the wood and sets criteria for the
evaluation of the resulting parameters of this application,
aimed mechanical classification of sawn wood of
dicotyledons, and can be used in laboratory conditions,
sawmills and industry.
The mechanical classification may be performed by
various equipment. This classification is to determine the
longitudinal modulus of elasticity (MOE) of the blades
through a non-destructive method. Among the methods
used by companies and research laboratories the
following are highlighted: (1) bending; (2) Machine
Stress Rating - MSR; (3) Low frequency waves; and (4)
ultrasound.
The destructive nature of assessments are generally the
main methods used for knowing the technological
properties of wood. The results obtained from this
methodology sometimes are costly due to the time used
in the making of the specimens and equipment costs.
Moreover, the results obtained are only estimated, since
the tests are carried out by sampling the real part and not
the part in use [10].

However, an effective characterization of wood by
means of non-destructive methods is possible in which
no extraction of specimens is required, since the
evaluation is made on the actual piece or structure [11]
minimizing waste by waste generated and increasing the
credibility of the structural piece, since it no longer has a
sampling, but a classification of all pieces/blades used to
form the beam.
Non-destructive methods have advantages over
conventional methods for characterization of wood, as
the possibility of evaluate the structural integrity of a
piece without extracting specimens; faster to analyze a
large population and versatility to adapt to a standard
routine in a production line [12].
The ultrasound are mechanical waves inaudible by
humans, being able to propagate through gases, liquid or
solids [13]. The frequency of oscillation of the particles
is greater than 20,000 cycles per second (0.02 MHz) and
lower than 100 million cycles per second (100 MHz).
This frequency band is classified as ultrasound. The
frequencies most commonly used in wooden tests range
from 20 kHz to 1 MHz [14].
The equipment basically consists of an issuing
(generator transducer), where ultrasonic pulses are
generated and transmitted; a receiver (receiving
transducer), where the pulses are received; and a device
to indicate the wave propagation time from the issuing
transducer to the receiver transducer. The ultrasonic
pulse is generated by applying a rapid change of
potential of a transducer plate for a piezoelectric
transformer element that causes a known vibration
frequency [15]. The transducer is placed in contact with
the material and this starts to receive vibrations. The
vibrations pass through the material and are picked up by
the receiver. The wave velocity is calculated using the
pulse propagation time and distance between the
transducers, and, [16] depends on the vibration mode in
the longitudinal and transverse directions, and properties
of the material.
The mode of propagation of ultrasonic waves in timber
primarily results in the mechanical properties of the cell
wall. The density of the cell wall is fairly constant, but
there is variation of the elastic modulus due to variations
in cell wall structure [17]. Thus, it can be expected a
range of values for the propagation speed [18].
The factors that influence the spread of ultrasonic waves
are: physical properties of the substrate, geometric
characteristics
of
the
species
(macro
and
microstructures), environmental conditions (temperature,
humidity) and the procedure for making measures
(frequency and sensitivity of the transducers, its size,
position and dynamic characteristics of the equipment)
[19].
The modulus of elasticity values obtained in the
ultrasound method are usually higher than those found in
static bending [20]. This can be explained [21] by
considering the wood and highly viscoelastic damping
material. In the vibration of a piece of timber, the
restored elastic force is proportional to the displacement
and the dissipative force is proportional to velocity.
Therefore, when force is applied in short duration, the
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material behaves as an elastic solid, whereas for a long
time behavior is equal to that of a viscous liquid.
The aim of this study is to determine the elastic modulus
(MOE) of parica wood of different ages through
destructive and non-destructive testing, in order to use
this in wood structures as well as their classification by
ultrasound.

2 MATERIAL AND METHODS
The material of this research was parica wood, from
planted forests from Pará State. The wood of trees aged
6 to 10 years were donated by plantations belonging to
the company Tramontina S/A, in the city of Aurora do
Pará. Trees of 19 and 28 years old were also donated
from private plantations, municipality of Tomé-Açu.
The sampling of Aurora do Pará plantation was carried
in two different reforestation areas. Eight trees were
selected in each of five randomly-distributed samples
within each area, thus totaling 80 trees in a population of
800 trees in the two different areas.
A random sampling of the research material was also
conducted on the Tomé-Açu plantation. Due to the rapid
growth of parica, this plantation was created in order to
protect cacao trees against the sunlight. Due to the large
size of the trees of 19 and 28 years, five trees of each age
were selected.
In the Aurora do Pará plantation, the logs were divided
into small logs (short logs) of 2.5 m in length in order to
be easily transported. During the unfolding process, the
bark is removed from the short logs and processed later
into boards with thicknesses between 5 and 16 cm, with
maximum optimization of the logs.
It was obtained, for this population, a yeld of 14,8 m³.
Prior to stacking, the boards were classified according to
their tortuosity and cracking in order to avoid loss by
drying, as well as to optimize the batch transportation to
the hothouses.
For storage, the boards were stacked so that there was air
circulation between them, being shelted in a small open
shed. In the drying process was expended 20 days to dry
to 10% moisture. After this stage, it was noted that the
woods without defects did not suffer warping and/or
cracking. It is believed that the no warping of the parts
was due to the drying program adopted by the company,
the thickness of the parts and the proper spacing shims
between the pieces (grating).
In order to facilitate removal of samples for laboratory
tests the wood dried in kiln was sawn again. The cracked
pieces were excluded, and removed the cord and the
fungi affected areas and the pieces with contained
blotters. In this step there was a loss of about 5 m³. It
was selected 13 trees of each age for the preparation of
samples. The chosen boards had a thickness greater than
or equal to 60 mm. The withdrawal position of the test
specimens (CPs) was demarked on each board. These
positions were classified as free from defects. In addition
to the 13 trees, 4 other trees were selected in order to
obtain additional boards in case a replacement of a
damaged specimen was needed. The classification of the
samples was based on the "Standard for wood
classification of sawn hardwoods," developed by the

extinct Brazilian Institute for Forest Development IBDF (1984).
For the planting of Tomé-Açu, the logs transported to the
mill of the company ARCA Lumber, were cut into short
logs of 2.5 m and also sawn on the same day. Due to the
highly favorable environment to fungi and drills, all the
boards, after pick up the bark and offcuts, were
immunized in tanks. The drying time was 15 days. The
parica boards were positioned in the central part of the
dryer, which had a capacity of 100 m³. Just a few defects
were observed after drying. The wooden parts, after
being sawn in band saw and subsequently dried, showed
a wide variation in final dimensions. These
imperfections did not allow the boards to be immediately
flattened. In these cases, all wood boards were sawn
again in a surface’s machine. After thicknesses, all the
pieces were planned in a blade machine with four faces.
2.1 PHYSICAL AND MECHANICAL
CHARACTERIZATION
The physical and mechanical characterization of wood
bundles followed the sampling criteria and test
methods according to NBR-7190/97. Tests included:
basic density; moisture content; and compression
parallel to the fibers.
All samples were made from pieces of 250 cm in length,
free from defects. The removal of the top 30 cm of each
piece was done in order to avoid the influence of fissure
and cracks defect on the samples. Only the remaining
central part of the pieces, with 190 cm long were used.
For parallel compression testing of fibers, it was used a
universal testing machine Mohr & Federhaff®. It is a
servo-hydraulic equipment in which are coupled, in
addition to metallic devices for testing, electronic
displacement transducers and load cell.
After storing all data in digital files, graphics tensiondeformation were created and the maximum resistance
values were determined. The elasticity modulus values
for the compression testings parallel to the fibers were
also determined.
2.2 NON-DESTRUCTIVE TESTING
CHARACTERIZATION
The propagation velocity of ultrasonic waves was
measure in all the wood boards. The equipment used was
the Sylvatest®. It has longitudinal wave transducer with
conical shape and frequency of 30 kHz.
In this test, at first, the transducers were positioned on
top, against each other to check the calibration of the
equipment. Subsequently the transducers were placed on
surface and on top of the boards. Four measures were
performed on the surface of the board with distance of
1.50 mts between transducers. This measure was adopted
so that possible defects on the top of the boards would
not hinder the reading and to standardize the distance
measured between samples.
The wave propagation is always given in the longitudinal
direction of the board. Figure 1 illustrates the
measurement points on the surface and the direction of
wave propagation.
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The classification of parts took place according to the
recommendations of the current Brazilian standard,
NBR-15521/2007 - Non-destructive testing - Ultrasound
applied to wood of dicotyledons. Subsequently, the data
of the speeds were corrected for the saturated condition
and the classification of the pieces made according to
current recommendations of the Brazilian standard NBR15521/2007 - Non-Destructive Testing - Ultrasound
applied to the dicotyledon wood.

classification bands correspond to the elasticity and
resistance values expected for timber in humidity
reference (12%), the average values for the batches of
the four parica ages were defined.
Table 1. Ranges of classification based on the saturated
Speed Class chassis. Adapted from NBR - 15521/2007.

Figure 1. Position scheme of the ultrasound transducers on the
boards.

Measurements were also fulfilled to determine the
moisture content of each board of wood. This
measurement was made through the application of a
resistive hygrometer.
According to NBR 15521/2007, the wood moisture
content significantly affects the results of the wave
propagation speed in the longitudinal direction (VLL), the
speed intervals corresponding to the classes were
developed based on saturated condition, so it is essential
to determine moisture content of each board and perform
VLL correction whenever the wood moisture present less
than 30% and more than 12%. The moisture contents
found in the boards under consideration, using a resistive
hygrometer, were averaged 15%, whereas the speed
intervals corresponding to resistance classes were
prepared based on the saturated condition (humidity
above 30%), so the correction of the found values was
performed. In order to adequate according the NBR 15521/2007 it must apply Equation (1).

VLLSATURADA  1745  VLL  16 xU  ap
(1)

Where VLL Saturada = longitudinal speed in saturated
board with humidity above 30% (m/s); VLL =
longitudinal velocity in board with humidity between
12% and 30% (m/s); U = wood moisture content (%) ρap
= apparent wood density (kg/m³).
2.3 RANGES OF CLASSIFICATION
With the average values of the velocities of wave
propagation in the longitudinal direction, determined by
Eq. (1) for the boards of timber in the saturated
condition, it was used the classification table (Table 1)
contained in NBR - 15521/2007. Knowing that these

2.4 PROCESSING DATA
2.4.1 Simple random
It refers to the sampling process used in the research,
which is the choice and the number of trees to be felled
and it is traditionally been used in forest inventories. The
method adopted was the fully randomized.
A fully randomized is a congruent process,
recommended for small forest areas with homogeneous
characteristics with respect to the variables of interest,
with easy accessibility framework.
2.4.2 Weibull statistical treatment
This treatment was used for the analysis of classification
test plots by means of ultrasound. The frequencies found
in each class have shown that tended to cluster data
asymmetrically.
In this case, it was used the Weibull method for the
determination of mean values and standard deviations.
To obtain the average in the distribution of Weibull
should employ Eq. (2):

U  1 1 /  

(2)

Where Г = gamma function, determined by the value of
β inverse factorial.
The value of the variance for the Weibull distribution is
given by Eq. (3):





s 2   2  1  2 /     2 1  (1 /  )

(3)

Determinated the mean values and variances, were made
the classification of each batch of timber. Later, the
equality test between means were applied.
For this study it was necessary to verify that the lots had
their standard deviations equivalent. For this also was
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employed the Cochran test. Subsequently, there was
checked significant existence between batches through
variability of observations between groups.
At the end were analyzed the variability of means and
the significant difference of means between lots, through
Duncan Test.
The significance level used for all analyzes of this phase
of the research was 5%.

Table 3. Values of mechanical properties at different
ages.

3 RESULTS AND DISCUSSION
3.1 SAMPLING

3.2 PHYSICAL AND MECHANICAL
CHARACTERIZATION
Using the recommendations of the NBR-7190/97 [22] to
determine the physical and mechanical properties of
timber lots, the results for the parica specie in four ages
were obtained, as shown in Table 2 and 3.
Table 2. Values of density property of parica at different
ages.

S.D.: Standard deviation; C.V.: Coefficient of Variation
The results of the Table 2 show that the timber of parica,
regardless of age, can be termed as dicotyledon C-20
class, because it meets the requirements specified in item
10.6 of NBR-7190/97, where is deemed the
characteristic value of resistance to compression parallel
to the fibers and the respective average elastic modulus,
both at 12% moisture content. Thus, it becomes possible
to use as a structural element.

1

: Parallel Compression Resistance; ² : Modulus of Elasticity
to Parallel Compression; Charact: Characteristic values to 12%
humidity; Average: Mean values at 12% humidity; S.D.:
Standard deviation; C.V.: Coefficient of Variation; N: Samples
number. Adapted specimen of NF B 5-32.

As presented in Figure 2, it can be seen variation among
the ages for the modulus of elasticity to parallel
compression to the fibers, but not accented and the
values close to 11,000 MPa.

Modulus of elasticity to parallel
compression (MPa)

The sampling carried out in planting 400 trees of 6 years
and another 400 trees of 10 years, that was significant
with an estimated error below 20%. This estimate only
was possible to be calculated because in this planting
were made annual measurements on the development of
the same.
Sampling of the trees of 19 and 28 years old was not
possible to perform due to the determination of sampling
errors and coefficients of variation, since there was no
control over the development of trees as well as the total
amount of the trees planting. It was used 8 trees by each
age.

12.000
11.500

11.752
11.418

11.000
10.479

10.500

10.583

10.000
9.500

6

10
19
Age (years)

28

Figure 2. Values of Modulus of elasticity to Parallel
Compression.

According to Table 4, it is noted that the average values
of the modulus of parallel compression to the fibers were
statistically equivalent in all ages. The average values
for the modulus of elasticity to static bending of the
timber was 8,738 MPa. It can be seen an increase
among 6 and 10 years, followed by decrease in other age
groups for both parameters. Also, it can be noticed that,
overall, there was a significant difference among ages,
except among the ages 6 and 10, and 19 and 28, which
may be related both with age and with the site and
silvicultural treatment.
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Parallel
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=
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=

=

=

=

C – 10

=

Bending

A–6

=

B – 10

≠

≠

≠

≠

C – 10

=

Modulus of elasticity to
bending (MPa)

It was obtained [22] an average value of 5.105 MPa for
the MOE. And, for parica trees with 10 years, average
values of modulus of elasticity of 8900 MPa [23].
For ages 5, 7, 9 and 11, the modulus of elasticity [24]
established were 5107 MPa, 6332 MPa, 5422 MPa and
6383 MPa, respectively, which performed fairly below
those found in this research, as can be seen in Figure 3.
9.500

9.293

9.332

9.000

8.500
8.191
8.000

6

8.138

10
19
Age (years)

28

Figure 3. Values of Modulus of elasticity to bending.

3.3 NON-DESTRUCTIVE TESTING
CHARACTERIZATION
Table 5 shows the average values of the speed of
propagation of the ultrasonic wave on the saturated
condition in each batch of timber and their respective
resistance class according to NBR 15521/07 [25].
It is observed that resistances determined for
compression parallel to the fibers are upper than medium
and characteristic values found in destructive
characterization tests (Table 4). Based on these results,
only the batch of timber of 28 years, with reading
measured on the surface, would be framed in the class C20 NBR-7190/97, all the other, regardless of ultrasound
scanning position, are classed in Class C -30 NBR
7190/97.

Reading
Surface

B

Treatments
D – 28
C
years

Top

Age (years)

Age
(years)
06
10
19
28
19
28

Average
Weibull
(m/s)
4073
3881
4051
3626
4137
4073

12%
(MPa)

(MPa)
35
30
35
25
35
35

15000
14000
15000
12000
15000
15000

fc0 = compressive resistance parallel to the fibers; E c0,m =
modulus of compression parallel to the fibers.

However, these results are lower than the characteristic
resistance values to bending (Table 3), except for the
value of top to top in woods with 28 years.
It is suggested, for parica wood, the use of a new
constant in the equation of saturated longitudinal
velocity in the NBR-15521/07 (Eq. (1)), so that it will
have values near the destructive characterization tests.
Table 6 shows the values of constants for each lot and
for each reading position of the wave propagation speed.
These values were obtained based on the average values
determined in non-destructive testing and in the
determination of the physical properties of the lots. It is
also suggests applying a constant with a value of 2,690
(Eq. (4)) for measurement performed on the surface, and
2,900 for readings made at the top of the pieces of parica
(Eq. (5)).

VLLSATURADA 2.690VLL  16U   bas

(4)

VLLSATURADA 2.900 VLL  16U   bas

(5)

Where VLL Saturada = longitudinal speed in saturated
piece with humidity above 30% (m/s); VLL =
longitudinal velocity in piece with humidity between
12% and 30% (m/s); U = timber moisture content (%) ρap
= apparent timber density (kg/m³).
Table 6. Values of the constant used in determining
VLLsat for timber parica.

Surface

Modulus of
elasticity (E)

Table 5. Mean values of the propagation speed of the
ultrasonic wave and resistance classes of lots of parica
according to NBR-15.521/07.

06
10
19
28

Average
VLL
(m/s)
5314
5102
5347
4898

Top

Table 4. Comparison between averages of the parica’s
modulus of elasticity.

19
28

5433
5345

Reading

Age
(years)

ρbas
(kg/m³)
328
347
273
296
273
296

Humidity
(%)

Constant

15,49
2849.84
14,93
2647.88
16,93
2850.88
16,58
2419.28
Average 2691.97
16,93
2936.88
16,58
2866.28
Average 2901.58

VLL average = average speed of wave propagation in the
longitudinal direction; ρbas = basic density.
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Although some batches were classified into distinct
classes, as the differences were analyzed between the
average values of saturated longitudinal velocity, there is
an equality between batches with 95% confiability, for
both kinds of reading. This reveals uniformity in the
readings of the propagation speed regardless of the age
of the trees.
According to BUCUR (1995) [13], the velocities of the
waves with frequencies near 100 kHz may suffer
dispersion and an increase in frequency, which also
produces a significant increase in velocity in the
longitudinal direction.
It is noteworthy that the database of ultrasound tests of
NBR 15,521 / 2007 was carried out with use of pure
longitudinal waves, ie, by propagation of waves obtained
top to top. In this study, despite being made superficial
readings, these readings can be considered longitudinal,
since the route of 1.5 m was approximately 11 times the
wavelength. Additionally transducers were placed at 45
degrees.
It is noted that for the mechanical classification of parica
by means of ultrasound was estimated in a smaller
resistance class (from 25 MPa to 35 MPa). In this sense,
it is recommended to change the constant of Eq. (1)
NBR 15521/07 when it uses ultrasound and resistive
hygrometer for this species, as well as the frequency of
33 kHz. Thus, one can get values closer to the strength
class determined by means of tests of NBR 7190/97,
which are employed in the design criteria of structural
elements of wood.
Using a determined moisture content for batches
(10,55% - 6 years, 10,46% - 10 years, 11,12% - 19 and
11,04% - 28 years) instead of the content obtained by
hygrometer (15,49% - 6 years, 14,93% - 10 years,
16,93% - 16,58% 19 and - 28 years), the apparent
density instead of the basic density, and the elastic
constant (CLL = ρVLL²) for the classification of parts by
NBR 15521/07, is likely that most were classified as
belonging to the C20 class and UD20 class.

4 CONCLUSIONS
In nondestructive classification model, which had
reference in the NBR 15,521 / 2007, it was used the
acoustic emission equipment Sylvatest®, with frequency
33 kHz, and resistive hygrometer for determining the
moisture content. All parts of the lots were evaluated.
With the result set, it was found the following
conclusions:
- Based on these results, only the batch of wood with 28
years, with reading measured on the surface, would be
framed in the class C-20 NBR-7190/97, and the others,
regardless of ultrasound scanning position, in Class C-30
NBR 7190/97.
- It is suggested, for parica timber, the use of a new
constant in the equation of saturated longitudinal speed
on the NBR 15,521 / 2007, with a value of -2690 for
readings taken at the surface, and -2900, for readings
taken in top of the parica timber pieces, in order to have
values near the destructive characterization tests.
- It was observed an equality between batches with 95%
confiability, for both readings, on the surface and on the

top. This reveals uniformity in the readings of the
propagation speed regardless of the age of the trees.
- It is noted the possibility of use of an ultrasound as a
classification tool, requiring an adjustment in the
equation for determining velocity for the parica timber.
Finally, it can be concluded that the use of parica timber
is possible, from planted forests in the Amazon region,
in structural elements for construction.
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ECONOMIC VIABILITY OF ADAPTATION FOR TIMBER
DISTRIBUTION POLES CONSIDERING CLIMATE CHANGE
Sigridur Bjarnadottir1, Yue Li2, Mark Stewart3, Oskar Reynisson4
ABSTRACT: Hurricane intensity or/and frequency may change due to the increase in sea surface temperature as a result
of climate change. The purpose of this paper is to explore several climatic adaptation strategies for timber distribution
poles that may aid in mitigating increased replacement costs that may be expected due to climate change. A life cycle
cost analysis is conducted to assess the economic viability of four proposed adaptation strategies considering a potential
increase in wind speed of 10% over 50 years. The scenario of no climate change is considered in this paper to show the
applicability the proposed framework for hurricane risk mitigation under current conditions (i.e. wind speeds remain
stationary). This paper finds that certain adaptation measures can reduce timber pole replacement costs.

KEYWORDS: Climate Change, Adaptation, Distribution Poles, Degradation, Power Infrastructure, Hurricanes,
Reliability, Vulnerability

The Department of Energy [1] states that the
United States (U.S.) power grid (the generation,
transmission, and distribution of electrical power) will
become increasingly vulnerable as the global climate
changes. Between 2003 and 2012, weather-related power
outages have cost the U.S. economy approximately $18
billion to $33 billion annually (inflation adjusted) [2].
Hurricanes account for a significant portion of these
damage costs. Hurricane Ike (2008) alone was estimated
to have caused $40 billion to $75 billion in damages [2].
It was estimated that more than 6.5 million people were
without power following Hurricane Irene (2011); in some
cases, the power outages lasted more than five days [3].
These damage estimates include damage to power grid
infrastructure, lost output and wages, spoiled inventory,
delayed production, etc. The large variation of damage
estimation is attributed to the high level of uncertainty
present in the damage estimation process [4] and
hurricane winds [5].
The U.S. Global Change Research Program [6]
found that increased greenhouse emissions have resulted
in increased sea surface temperatures. Warmer ocean
temperatures could result in more severe hurricanes.

Kossin et al. [7] identified an increasing trend in hurricane
intensity over the past three decades. Several studies (e.g.
[8], [9]) have suggested that there will be significant
increases in hurricane-related damage costs due to climate
change. A White House report [2] states that the number
of power outages is expected to increase as the frequency
of severe weather events (including hurricanes) increases
due to the changing global climate.
Of the three power grid components, the
distribution system (lines and poles) is the most
vulnerable to hurricane damage. Distribution system
failure during hurricanes accounts for approximately 90%
of outages [10]. This is attributed to the fact that although
distribution poles are exposed to high winds, they are not
necessarily designed to withstand high wind intensities,
unlike generation and transmission systems [11]. The
majority of distribution poles (approximately 99%) in the
U.S. are made of wood [12]. Southern pine is the most
common wood species used for distribution poles,
accounting for 75% of poles [13].
With the changing global climate, which may
result in the increased intensity of hurricanes, it becomes
essential to assess the economic viability of climatic
adaptation measures that may increase the resiliency of
power distribution systems. Bjarnadottir et al. [5]
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investigated the effects climate change may have on the
risk and vulnerability of residential construction to
hurricanes and found that the vulnerability to hurricanes
can be significantly reduced by implementing effective
adaptation measures. This underlines the importance of
recognizing and identifying efficient adaptation strategies
that may mitigate the adverse effects climate
The purpose of this paper is to explore the costeffectiveness of various adaptation strategies for timber
distribution poles that take into account the potential
effects of climate change. The adaptation measures
related to strengthened distribution poles are investigated
under an potential increase in wind speed of 10% over 50
years, which includes accounting for the effects of aging
(deterioration) and other time-dependent changes not well
captured by existing assessments. The purpose of the
study is not to examine whether there is direct relationship
between climate change and change patterns of wind
hazard, nor to endorse any specific scenario of climate
change (or lack thereof). Rather, this paper aims to
investigate the adaptation strategies that are cost-effective
regardless whether or not hurricane hazard patterns are
altered by a changing climate. The scenario of no climate
change is considered in this paper to show the
applicability the proposed framework for hurricane risk
mitigation.

2 DESIGN AND RISK ASSESSMENT OF
DISTRIBUTION POLES
A typical timber distribution pole system is seen
on Figure 1.

Two methods are used in the design of
distribution poles in the U.S. Historically, distribution
poles were designed using the deterministic method
prescribed in the National Electrical Safety Code (NESC)
[14]. However, in an effort to produce distribution poles
with consistent reliabilities, American Society of Civil
Engineers (ASCE) introduced reliability-based design
methods in 1990. These methods have been integrated
into design standards [15,16]. As there is an evident push
for more reliability-based design within the U.S., this
paper focuses on the ASCE method for the design of
distribution poles. The governing equation for the design
of distribution poles is given as:
∑

∅

,

(1)

where Rn is the design (nominal) strength of the poles (e.g.
design bending moment) and identified using design
standards, øj is the strength factor for load effect j, Sn,j is
the design (nominal) load for load effect j, and γj is the
load factor for load effect j.
As seen in Figure 1, the distribution pole
supports three conductors, a neutral wire, and a
communication wire. Therefore, in determining the
design load for the distribution pole, the wind force acting
on these components must be accounted for in addition to
the wind force acting on the distribution pole. The design
load (Sn) is given as:
(2)
where Sn is the design load (N-m), amp is the
amplification factor to account for the P-Δ effect, Fi is the
wind force (N) on component i (Eq. 3), and hi is the
distance (m) from ground line to the centroid of
component i. The P-Δ effect refers to the deflected
unbalance that occurs in a tapered distribution pole [17].
The wind force acting on each component is
described with [18]:
(3)
where Q is air density factor, ki is terrain exposure
coefficient for component i, V is the 3-sec gust wind
speed, IFW is the importance factor, GRF is the gust
response factor, Cf is the force coefficient, and Ai is the
projected wind surface area normal to the direction of
wind for component i.
2.1 Degradation of Timber Poles

Figure 1: Typical Distribution Pole System

The American National Standards Institute
(ANSI) [19] provides the designated design strength (Rn)
for timber distribution poles based on material, height,
and circumference [20]. This designated design strength
will degrade age [21, 22]. The decay depth of the
circumference of timber poles over time is an indicator to
the reduction in strength. [23] and [24] developed models
relating the decay depth to a reduction pole strength based
on a survey of timber poles in Australia. These models
will be used herein as a starting point to estimate the
degradation of timber pole strength in the U.S.
The modified resistance (Eq. 4) is estimated for
a specific age of pole to represent how strength
deteriorates over time.
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(4)
where R(t) is the resistance after time t, a(t) is the
degradation function, ME is the model error, and Rn is the
design strength of the pole. The actual strength of
individual distribution poles is variable because of the
uncertainty associated with factors such as material
properties of timber and the cutting procedure. Therefore
the design strength obtained in [19] is adjusted with ME
to account for these uncertainties. ME is relative to the
design strength at time t (Eq. 4).
The degradation function is estimated as [23,
24]:

There is much uncertainty in quantifying the potential
impacts of climate change on hurricane patterns in the
U.S. [30]; however, it can be expected that power systems
may experience more failure as a result of the changing
climate. Stewart and Goodman [31] found that failure
rates of distribution system can be significantly reduced
with distribution pole replacement. Therefore, this paper
will investigate the economic viability of various
strategies involving replacing existing distribution poles.
Four adaptation strategies will be explored:
1.

Replace poles that fail annually and an additional
percentage of poles with new poles that satisfy
the ASCE design requirements (i.e. with new,
same size poles).

2.

Replace poles that fail annually with poles that
are one class stronger than the ASCE design
requirements (i.e. new, larger poles).

3.

Replace poles that fail annually and an additional
percentage with poles that are one class stronger
than the ASCE design requirements (i.e. new,
larger poles).

4.

Focus on proactive measures in high
vulnerability zones (i.e. foreshore, within 1km of
the shore). More specifically, implement
Adaptation Strategy 3 at foreshore locations.

(5)
where D is the initial diameter (mm) of the pole and d(t)
is the decay depth (mm) after time t. The interested reader
is directed to [24] for details on the degradation function,
and to [25] for details on the application of the
degradation function to timber distribution poles in the
U.S.

3 RISK ASSESSMENT
3.1 RELIABILITY ANALYSIS
The general limit state function of the poles for
both design methods is given as:
(6)
where R(t) is the actual capacity of the poles at time t (Eq.
4) and S(t) is the actual load at time t.
The P(G>0) is defined as the reliability of the
pole, while the probability of failure is defined as P(G<0).
Monte Carlo Simulation (MCS) is utilized to estimate the
probability of failure accounting for uncertainties present
within both R(t) and S(t).
3.2 UPDATED ANNUAL PROBABILITY OF
FAILURE (PF)
The number of years a distribution pole has
survived gives an indication as to the minimum structural
capacity of the pole. To account for load history, this
paper incorporates the updated annual probability of
failure (pf) within the analysis. The updated annual pf is
the probability that a distribution pole will fail in the
subsequent year given that the distribution pole has
survived g years of service ([25], [26], [27]).
The updated annual pf is a conditional
probability that estimates the likelihood that the
distribution poles will fail in year g+1 given that the
distribution poles have survived g years:
1|

1
1

(7)

where pf(t) is the cumulative probability of failure up to
time t [27].

4 CLIMATIC ADAPTATION STRATEGIES
Studies have indicated that hurricane patterns may
change as a result of the changing global climate [28].
[29] estimated that increases of hurricane frequency of up
to 6% can be expected if CO2 levels continue to rise.

Adaptation Strategies 1, 3, and 4 include replacing a
percentage of poles every year in addition to those that fail
annually. The poles that are replaced additionally year are
poles that have surpassed the ASCE age threshold of 32
years.
Adaptation Strategy 4 focuses on high
vulnerability areas; adaptation is applied only to poles
within 1 km of the shore [32].

5 LIFE CYCLE COST ANALYSIS (LCC)
In order to assess the cost effectiveness of the
proposed adaptation strategies, a life cycle cost analysis
(LCC) will be conducted. The analysis includes the age
distribution of the pole inventory, the average cost
associated with replacement, and the discount rate. For
each adaptation strategy, these factors are combined with
the updated annual pf of the distribution poles within the
area to conduct a LCC. The cost effectiveness of the each
adaptation strategy is assessed by comparing its LCC to
the LCC of the “do nothing” strategy, i.e. existing
vulnerability [32].
The net benefit, Eb,LCC, for the LCC analysis is
estimated as the difference of the cumulative LCC of the
“do nothing” scenario and the cumulative LCC after
adaption:
Eb,LCC

LCC"do nothing" 1, T -LCC 1, T

(8)

The cumulative replacement cost (LCC(1,T)) is
found by summing the cost of replacement over a time
period, T, for the region. The equation for the “do
nothing” case:
1,
,

∑

∑

∑

,

1|
(9)
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Adaptation Strategies 1 and 3 involve additional
replacement (annual rate of replacement, δ), therefore Eq.
(9) is modified to incorporate this additional replacement:
∑

1,

∑

∑

,

,

1|
(10)

where Ntot is the total number of existing poles at
t=1 (2011), N is the number of poles of each survival age
(g) at time (t), pf(1|g) is the updated annual probability of
failure of poles with survival age (g) within exposure
category (n), α is the annual growth rate of new poles due
to population growth, φn is the proportion of poles located
in each exposure category, r is the discount rate, and Crep,b
is the replacement cost. It should be noted that Crep,b will
vary between the adaptation strategies, depending on
whether the adaptation strategy requires replacement with
a larger pole.
Furthermore, to account for the potential impact
climate change may have on the failure rates of
distributions poles and to assess the potential gains that
may be expected through the implementation of the
outlined climatic adaptation strategies, the cost
effectiveness is evaluated under an increase in wind speed
of 0% and 10% after 50 years. The analysis includes
accounting for the effects of aging (deterioration).

6 ILLUSTRATIVE EXAMPLE
Miami-Dade County, Florida was chosen as the
location for the illustrative example of the proposed
framework. It is estimated that there are 220,000 Class 5
distribution poles in Miami-Dade County, with an annual
growth rate of 1% [33]. The first step in conducting the
LCC for the various adaptation strategies is to establish
the updated annual pf for the distribution poles with a
MCS, incorporating the uncertainty present within both
the resistance and the applied load.
Table 1 shows the statistics for the resistance
(R(t)) (Eq.4). The table includes the random variables,
their description, assumed statistical distribution, mean
value, and COV. As stated earlier, the distribution poles
are assumed to age by incorporating a decay function into
the estimation of the resistance. As the timber poles age,
the resistance decreases due to decay. The decay function
is obtained from [24], and for the sake of brevity, details
are not included herein.
Table 1: Statistics for Resistance

Var
.

Description

Dist.

Mean

R

Resistance

73,000 lbft

20%

ME

Model
Error

Lognorma
l
Normal

1.12

14%

CO
V

Similarly, the applied wind load (S(t)) is
dependent on various random variables (Eq. 2 and 3).
These are listed in Table 2 [25]. The table includes the
random variables, their description, assumed statistical
distribution, mean value, and COV. Wind speed in the
U.S. is appropriately modelled with a Weibull

distribution. Parameters for the Weibull distribution are
obtained from wind contour maps for the case study
location [34]. All other variables listed in Table 2 are
modelled with the normal distribution. Not included this
table are the air density factor (Q) and the importance
factor (IFW) as these are constants with values of 0.00265
and 1.0, respectively.
Table 2: Statistics for Wind Load
Var.

Description

Component

Mean Value

COV

V

Wind speed

All

n/a

n/a

Pole

Varies

6%

Area
exposed to
wind

Conductor
Neutral
Wire
Comm.
Cable

16.50 ft2 (1.50 m2)

6%

10.63 ft2 (1.00 m2)

6%

34.38 ft2 (3.20 m2)

6%

0.98

6%

A

k

h

GRF
Cf

Terrain
exposure
coefficient

Height

Gust
response
factor
Force
coefficient

Pole
Wires

1.05

6%

Pole

17.6 ft (5.40 m)

3%

Conductor
Neutral
Wire
Comm.
Cable

37.5 ft (11.50 m)

3%

33.5 ft (10.20 m)

3%

29.0 ft (8.80 m)

3%

Pole

0.96

11%

Wires

0.81

11%

Pole

1

12%

Wires

1

12%

Once the updated annual pf has been established,
the LCC analysis can be performed. The LLC is
conducted for the “do nothing” scenario, and this serves
as a baseline for the comparison to assess the economic
viability of the four adaptation strategies. [33] provides
information on the age profiles of the pole inventory in
Miami-Dade County, with poles ranging from 1 to 50
years. As stated previously, it is assumed that the initial
strength of the poles follow a lognormal distribution, (see
Table 1). A 51 by 220,000 matrix is generated, with
220,000 initial pole strengths to represent the actual
number of poles in Miami-Dade County [33] which are
degraded over 50 years with the degradation function.
From information available the percentage of poles of
each age are known; therefore, from the 220,000 degraded
initial strengths, strengths corresponding to every age are
extracted. Each age has a corresponding updated annual
pf that is combined with the number of poles of each age
to determine the number that fail annually.
6.1 UPDATED ANNUAL PROBABILITY OF
FAILURE
The updated annual pf is established for the
distribution poles. Since Adaptation Strategies 1 and 3
require replacing poles with poles that are stronger (i.e.
larger) than the original poles, the updated annual pf was
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determined for both the original poles (Class 5 poles) and
for the stronger poles (Class 4 poles). At year 1, the
updated annual pf for the original poles was estimated as
0.058 and for the stronger poles it is estimated as 0.035.
The stronger poles have an updated annual pf that is
approximately 40% lower than that of the original poles.
Table 3 shows the updated annual pf for
distribution poles after 50 years. The table shows the
updated annual pf for the original distribution poles and
the stronger poles, considering no climate change and an
increase in wind speed of 10% after 50 years. From the
table it can be gleaned that climate change could have a
significant impact on the updated annual pf. For the
original poles, an increase in wind speed 10% over 50
years could result in an increase in the updated annual pf
of 33%. While for the stronger poles, the updated annual
pf may increase by 36%. The higher increase for the
stronger poles is to be expected because the updated
annual pf was initially significantly lower than that for the
original poles.
Table 3: Updated Annual pf after 50 years

Change in Wind Speed
over 50 years
Pole
Classification

0%

10%

Original

0.117

0.155

Stronger

0.083

0.113

Cumulative Replacement Cost after 50 years
$300
$250

($ million)

$239
$239
$223
$223

$200

$227
$212

$150
$100
$50
$0% increase
10% increase

Figure 2: Cumulative replacement cost after 50 years for
increases in wind speed of 0% and 10%

Figure 3 shows the net benefit after 50 years for
the four adaptation strategies considering increases in
wind speed of 0% and 10%. The net benefit is determined
by comparing the cumulative replacement cost of each
adaptation strategies to the do nothing case. Adaptation
Strategy 2 could potentially result in a net benefit of up to
$34 million over 50 years for the no climate change
scenario, but if wind speed is assumed to increase over 50
years, the net benefit of Adaptation Strategy 2 could be
approximately $39 million.
Net Benefit after 50 years

6.2 Life Cycle Cost Analysis of Adaptation
Strategies
Figure 2 shows the cumulative replacement cost
after 50 years considering increases in wind speed of 0%
and 10%. From the figure it can be seen that an increase
in wind speed of 10% over 50 years increases cumulative
replacement cost by approximately 7% after 50 years,
independent of adaptation strategy. Adaptation Strategy 1
would have no impact on the cumulative replacement
costs. However, Adaptation Strategy 2 could reduce
replacement costs by 14% over 50 years. Adaptation
Strategy 3 could reduce replacement costs by 12%, and
Adaptation Strategy 4 could reduce cumulative
replacement costs by 5% over 50 years. These reductions
in replacement costs through adaptation can be expected
whether or not climate change has an impact on wind
speed.

$211
$205
$198
$192

Adaptation 4
Adaptation 3
Adaptation 2
Adaptation 1
$-

$10

$20

Net Benefit ($ million)

$30

$40
0% increase
10% increase

Figure 3: Net benefit considering adaption after 50 years for
increase in wind speed of 0% and 10%

Table 4 shows the annual replacement cost in
year 50 considering increases in wind speed of 0% and
10%. Adaptation Strategy 2 could result in a reduction in
annual replacement costs of up to 25% in year 50.
Adaptation Strategy 3 could reduce annual replacement
costs by 18% and Adaptation Strategy 4 result in a
reduction in annual replacement costs of 8%. Adaptation
Strategy 1, however, has no impact on the annual
replacement cost.
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Table 4: Annual Replacement Cost at year 50 ($ millions) for
increases in wind speed of 0% and 10%

0%
10
%

Adaptation Strategy
Do
1
2
2
Nothing
$
$
$
$ 2.55
2.54
1.94
2.11
$
$
$
$ 2.69
2.69
2.06
2.19

4
$
2.35
$
2.47

7 CONCLUSIONS
The proposed framework provides a tool to
evaluate hurricane vulnerability and damage risk of
distribution poles, as well as the economical variability of
adaptation strategies, considering the scenarios of no
climate change and climate changes. The potential impact
of climate change on the cumulative replacement costs to
power distribution poles in Miami-Dade County are
estimated at $223 million after 50 years under current
conditions, assuming a discount rate of 3%. If wind
speeds are assumed to increase by 10% over the next 50
years, the cumulative replacement costs could increase by
approximately 7%. This increase in replacement costs
warrants an investigation into the cost effectiveness of
various adaptation strategies that may aid in reducing
replacement costs. Through this analysis, it was found
that adaptation may significantly reduce replacement
costs due to hurricanes.
Four adaptation measures were explored:
Adaptation Strategy 1 included the additional replacement
of the oldest classification of distribution poles,
Adaptation Strategy 2 involved replacing failed
distribution poles with stronger distribution poles,
Adaptation Strategy 3 is a combination of 1 and 2
involving the replacement of failed distribution poles and
an additional replacement with stronger distribution
poles, and Adaptation Strategy 4 involved focusing solely
on proactive measures for distribution poles located in
foreshore locations. Adaptation Strategy 2 was found to
be the most economical, as it involves no additional
replacement rather just the replacement of poles failing
annually with stronger materials. This adaptation strategy
is suitable for implementation because it causes the least
amount of disruption as it involves solely the replacement
of poles that have failed. If wind speeds increase by 10%
over the next 50 years, Adaptation Strategy 2 could result
in net benefits of up to $39 million. Furthermore,
Adaptation Strategy 2 was found to be cost effective if
climate conditions remain the same (i.e. no climate
change).
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“It’s magic, or is it….Five timber projects in one year”
Rainer Loos
ABSTRACT: The city of Vienna grows by approx. 30,000 inhabitants per year. This high number of people requires an
enormous extent of technical() infrastructure; however, the social infrastructure needs to be expanded, as well, in order
to fulfil the public contract. About 70 to 100 kindergarten groups and 85 to 100 compulsory school classes will be needed
per year until 2025. In order to cover this enormous demand, the City of Vienna needed to find solutions which can be
implemented quickly. This is the reason why the company Wiener Infrastruktur Projekt GmbH (WIP) was assigned with
the project management and implemented a combined procedure for a rapid realisation of the construction of educational
buildings. One general contractor was assigned with this procedure for the development and implementation of five
projects at the same time via a functional tender according to the Federal Procurement Act. Therefore it was possible to
realise a public assignment for the development and implementation of five modular timber construction projects,
commission them and hand them over to the City of Vienna within a year.
KEYWORDS: Track 5: Implementation, City of Vienna, public client, functional tender, general contractor, (modular)
timber construction

1 INTRODUCTION
WIP Wiener Infrastruktur Projekt GmbH aimed at a rapid
implementation of several construction projects at a time
and decided to combine them in many different respects.

region after Berlin and therefore has overtaken the city of
Hamburg regarding number of inhabitants.
2.1 GROWTH FORECAST 2025
The growth forecast for the city of Vienna prospects that
in 2030 the number of inhabitants will be beyond
2,000,000 according to the forecast of the Municipal
Department MA 23 (Economic Affairs, Labour and
Statistics) which is based inter alia on data provided by
Statistik Austria. Growth will, however, continue even
after 2030.
Population trends
Population forecast and –projection 2014 to 2044

Source: WIP, location Braunhubergasse

This is how five projects became one: instead of five
assignments for development it was only one, instead of
five architectural offices only one worked on the design,
instead of five procurement processes for a general
contractor there was only one, instead of five constructive
specifications, only one functional specification for five
projects, instead of five general constructors for executing
the development and construction, only one was needed.
Source: MA23 (Vienna Forecast 2014)

2 VIENNA IS GROWING
Just like in almost all countries around the world, Austria
also faces increasing urbanisation. This is especially
beneficial for the city of Vienna. Since 2014 Vienna has
been the second largest city in the German speaking

2.2 LONG-TERM DEMAND
In order to manifest the need for educational infrastructure
which can be derived from the growth forecast, the
predictions can be broken down. It can be presumed that
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an annual demand of 70 kindergarten groups and more
than 85 compulsory classes until 2025 needs to be covered
by educational buildings or additions which need to be
built anew.

concentrated in such a way that on the basis of a functional
tender a general contractor is selected for development
and implementation by a European-wide two-tier
negotiated procedure.
By assigning the development and implementation to one
general contractor, only one combined procurement
procedure is needed instead of two separate ones.
Therefore savings in costs and time are presumed for the
City of Vienna.

2.3 SHORT-TERM DEMAND
As described in 2.2 the forecast shows a strong trend to
growth. However, for the real demand on the
infrastructure of educational buildings this forecast is only
of limited relevance, since it is based on global data. In
order to illustrate the annual short-term demand of
educational buildings for children, values are needed
which can be measured on a short-term basis such as
annual surveys of movement of population, birth rates,
impacts of newly constructed buildings, especially in
large urban development areas, but also of enlarged
buildings which contribute to densification of the
population.
These data cumulate in the annual requirement note to the
City of Vienna in spring whereby parents are registering
their children for educational facilities like kindergartens
and compulsory schools of the City of Vienna. Only then
detailed data are available on how many children will start
school or kindergarten in the different districts in autumn
of the same year. These data then give enough information
for a targeted expansion of the demand of educational
facilities.
WIP was looking for a way to react as fast as possible to
the requirement note and found one.

3.2.1 Functional tender

Basic frameworks

The City of Vienna has by and large designed criteria for
the definition of educational buildings in order to be able
to define functional tenders for the construction of
educational buildings.
With the criteria defined in the preparation and all the
different criteria for the definition of the construction of
educational buildings by the City of Vienna a
procurement procedure can be initiated in which exactly
this educational building is constructed, which the City of
Vienna has ordered despite the functional tender.

3 “COMBINATION IS THE MAGIC
WORD”

Functional tender for general contractor
Source: WIP, Basics of a functional tender (Grundlagen der
funktionalen Ausschreibung)

3.2.2 Procurement to a general constructor
After the procurement procedure the general constructor
needs to design a plan which can be submitted to the
authorities based on the respective criteria and the general
constructor’s system which was presented in the tender.
Since the submission plan is designed on the basis of the
system the general constructor uses, the City of Vienna
saves money.

Source: WIP, Project schedule

3.1 PREPARATION

3.3 PREFABRICATED COMPONENT
SYSTEM

The first step of facilitating the system is concentrated
preparation. In this phase the basis is worked out to
illustrate all possible risks regarding the property and the
development.
3.2 PROCUREMENT PROCEDURE

Since the deadline for the implementation of the
construction is very tight a system of prefabricated
components of a high degree of prefabrication is
required.

As public client the City of Vienna needs to conduct all
procurement procedures according to the Federal
Procurement Act.
This procurement procedure is
2
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Approx. 34 detached houses can be
heated for 10 years after careful
demolition.
About 800,000 kg fossil oil can be
saved if the material is mostly used for
energy generation
Source: STORA ENSO, sustainability

4.2 HIGH DEGREE OF PREFABRICATION
Since the timber modules are produced under very good
conditions in a production site, a very high degree of
precise fabrication, low fault tolerance, high degree of
precision and clean processing, as well as fast
implementation on site was ensured.

By using this system the construction phase from the
upper edge of the foundation to the completion of the
project and commissioning by the City of Vienna was
reduced to 3.5 months in all five projects.

4 IMPLEMENTATION WITH
MODULAR TIMBER
CONSTRUCTION SYSTEM

In the following the important technical arguments for the
chosen way of implementing the projects are listed:
4.2.1

Pre-fabrication in the production hall

In timber constructions, pre-fabrication is scalable to a
great extent. Depending on the urgency of the project or
the necessity of the degree of pre-fabrication, the module
elements can be delivered without any special prefabrication or with completely installed installation ducts
and mounted sanitary elements such as mirror, toilet, etc.
This clearly supports a fast assembly and commissioning
on the construction site. For this project, wall-ceiling
elements of 3m x 7m were designed and thus three
modules assembled were, for instance, one class.
The modules in the following pictures were already
equipped in the production hall with windows, installation
ducts, multiple sanitary elements such as mirrors, washing
basins, soap dispensers and supportive elements for
barrier-free toilets.

Source: WIP, module in the production hall

4.1 REGROWING RAW MATERIAL
The aforementioned five projects were assigned to a
tenderer who uses a modular timber construction system
with laminated timber.
For this project
9,000 trees were processed

which regrow on a sunny day in
Austria in three hours.

7,400 tons CO2 were spared that way.

3
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Entire parts of the buildings were installed in the
production hall or at the production site for quality
assurance and to enable certain crafts to do their work.

Source: WIP, inside of the module in the production hall

Source: WIP, view on the module from the outside in the production hall

Source: WIP, modules at the production plant

4.3 INCREASED SOUND PROTECTION
The modules were designed in such a way that two
modules next to each other build a very high-quality
solution: a wall element of one module was placed
directly next to the wall element of the second module,
building 2 sound insulated wall elements ideal for
airborne sound. This was also applied for the ceilings.

Source: WIP, degree of pre-fabrication of a module

4.2.2 Installation in the production hall for quality
assurance
Source: WIP, assembly of modules on site

4
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4.5 “SUPERSILENT…”
By erecting the additions with pre-fabricated modular
timber components made of laminated timber, the project
was implemented very rapidly but also very silently.
Therefore noise was avoided during teaching periods.

4.4 LIKE “LEGO” FOR GROWN UPS
This “easy way of assembling” of the modules made fast
implementation possible. Between 9 and 11 modules were
delivered and installed at the construction site each day.

5 OVERVIEW OF ALL FIVE
PROJECTS
After being assigned with the projects by the City of
Vienna five projects with a total of 5,000 m2 total floor
area of school classes and necessary adjoining rooms were
implemented within about a year.
5.1 11th district, Braunhubergasse 3

Source: WIP, location, 11th district, Braunhubergasse 3

Here a new 3-storey school building was built for 6
classes and associated adjoining rooms.
Due to its inner courtyard with very limited access and
manoeuvring possibilities logistics during the
construction of the new building was a highly complex
task. The module construction was of special benefit since
delivery by HGVs was limited to a certain time window.
The amount of timber for Cross Laminated Timber (CLT)
used for the construction of this project is re-grown in
about 30 min. on a sunny day in Austria.

Source: WIP, “floating” module

Therefore all load-bearing and non-load bearing elements
for all five projects were delivered and friction-type
assembled within 2 weeks. Due to the high degree of prefabrication it was also possible to make the entire building
completely weather-resistant within this short period of
time.

Source: WIP, 11th district, Braunhubergasse 3
Source: WIP, module as “Lego brick”

5
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5.1 11th district, Molitorgasse 11

classes plus associated adjoining rooms. Bigger class
rooms, special washing facilities, high-quality exercise
rooms and a “Snoezelenraum” room were constructed for
the special needs of the two basal schools.
This school addition was also built while children were
taught in the already existing building.
The amount of timber for CLT used for the construction
of this project is re-grown in about 1 hour on a sunny day
in Austria.

Source: WIP, location, 11th district, Molitorgasse 11

The construction of a new 4-storey school building for 3
classes and associated adjoining rooms was successfully
implemented at a free space in the inner city. Every storey
of the existing building was connected to the respective
storey of the new building and the lift in the new building
makes the existing building now also barrier-free.
A special issue of this project was that the new building
was constructed with low noise pollution while children
were taught in the already existing building.
The amount of timber for CLT used for the construction
of this project is re-grown in about 20 min. on a sunny day
in Austria.

Source: WIP, staircase, 21st district, Herchenhahngasse 6

5.3 14th district, Karl-Toldt-Weg 12

Source: WIP, location, 14th district, Karl-Toldt-Weg 12
Source: WIP, partial view on the façade, 11th district, Molitorgasse 11

This project comprised the construction of a 2-storey
building for 7 classes plus associated adjoining rooms. A
high-quality exercise room was designed and
implemented in order to give the children more space to
develop.
Since the topography of this hillside location made the
construction quite difficult, 3,000m³ of soil were
removed. Since the sports and playing grounds are
situated on a higher level, an additional lift was installed
to make them barrier-free.
Like in the other projects this construction was also
implemented with a low level of noise and while children
were taught in the already existing building.
The amount of timber for CLT used for the construction
of this project is re-grown in about 45 minutes on a sunny
day in Austria.

5.2 21., Herchenhahngasse 6

Source: WIP, location, 21st district, Herchenhahngasse 6

The “double“ school Herchenhahngasse/HerzmanovskyOrlando-Gasse was expanded by a 2-storey building for 5
6
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1. 11th district, Braunhubergasse 3
2. 11th district, Molitorgasse 11
3. 14th district, Karl.Toldt.Weg 12
4. 21st district, Herchenhahngasse 6
5. 21st district, Lavantgasse 35
in 2014 were so successful, WIP was assigned for the
preparation and project management for additional
projects.
WIP therefore implemented the following additional
school building projects - all made of timber - in the
following year (CLT or CLT combined with post and
mullion construction):
1. 2nd district, Vorgartenstraße 208 (approx. 2,000
m² total floor area)
2. 11th district, Münnichplatz 6 (approx. 700 m²
total floor area)
3. 11th district, Wilhelm-Kress-Platz 32 (approx.
1,500 m² total floor area)
4. 13th district, Am Platz 2 (approx. 1,000 m² total
floor area)
5. 16th district, Grubergasse 4-6 (approx. 1,200 m²
total floor area)
6. 16th district, Liebhartsgasse 19-21 (approx. 1,200
m² total floor area)
7. 21st district, Adolf-Loos-Gasse 2 (approx. 2.000
m² total floor area)
8. 22nd district, Afritschgasse 56 (approx. 2,300 m²
total floor area)

Source: WIP, partial view on the façade, 14th district, Karl-Toldt-Weg
12

5.4 21st district, Lavantgasse 35

Source: WIP, location, 21st district, Lavantgasse 35

The project in the 20th district, Engerthstraße 34, for
instance, comprised a new building for 9 classes, one
gym, the necessary adjoining rooms and a playground on
the roof. Approx. 3,000 m² total floor area were completed
at this site in 2015.

At the location Lavantgasse, a 2-storey addition was
constructed for 6 classes plus associated adjoining rooms.
One of the special features of this construction is the
closed connecting corridor between the new and the
existing building.
This project was also implemented while the children
were taught in the existing school building.
The amount of timber for CLT used for the construction
of this project is re-grown in about 30 minutes on a sunny
day in Austria.

The following additional school building projects are
prepared at the moment and are going to be implemented
until the beginning of the school year 2017:
1. 10th district, Wendstattgasse 5 (approx. 1,000 m²
total floor area)
2. 22nd district, Konstanziagasse 50 (approx. 3,000
m² total floor area)

Source: WIP, partial view on the façade, 21st district, Lavantgasse 35

A special project is the new kindergarten building in the
18th district, Pötzleinsdorfer Straße 230 (approx. 3,600 m²
total floor area), since it takes a few steps further
regarding sustainability. The existing buildings are going
to be torn down and re-built in the same place one after
the other while the remaining buildings will cater for the
children. The new buildings will be built with timber on
an ecologically and sustainably high quality level. The
project will start in summer 2016 and the three buildings
will be finished and go into operation one after the other
until autumn 2018.

6 FORECAST

For more information on WIP and further projects please
go to www.wienprojekt.at (in German only).

Since the preparation and the project management of the
projects
7
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7 CONCLUSION
By combining all the different reduced approaches, the
City of Vienna and WIP proved that a rapid
implementation of additions to school buildings at
different locations in Vienna is possible within approx. 12
months from assignment of the project to commissioning
including all legally required approvals.
As the realisation of these five projects show, this is not
magic. Strong commitment, the will to find new ways, the
combination of several tools, as well as the readiness of
the people involved to join forces guaranteed the rapid
implementation of school buildings for the City of
Vienna.
Since the implementation of these five projects at the
same time, many have changed their mind regarding
feasibility. The energy “generated” in 2014 made an even
stronger building effort in 2015 possible, enabling the
City of Vienna to provide more children with the
possibility to go to school.
The joined effort in this project made it even possible to
find new ways of combining school and afternoon care.
If we may look back in a forecast section then we have to
admit that in this short period since October 2013 there
perhaps was a little bit of magic involved?!
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INVESTIGATING THE INTERACTION OF BUILDING INFORMATION
MODELLING AND LEAN CONSTRUCTION IN THE TIMBER INDUSTRY
Simon le Roux1, Florence Bannier2, Emilie Bossanne3, Manfred Stieglmeier4
ABSTRACT: Building Information Modelling (BIM) is expanding very quickly in the construction industry and offers
new opportunities to redefine and optimize the construction process. This paper collects insight from software
developers, BIM users in the timber industry, architects and engineers, timber manufacturers, contractors and property
developers, to collect an overview across the entire value chain. This paper is based on the analysis of different case
studies. Experts have been interviewed on the current and coming issues of BIM applied to the timber industry in three
different countries (Finland, France and Germany) where the global maturity about the use of BIM and the BIM
thinking are significantly different. First results reveal that the timber industry needs to invest in open source BIM
guidance to designers, and to experiment in collaborative pilot projects together with BIM developers and lean
construction practitioners in order to identify the potential improvements of the BIM ecosystem.
KEYWORDS: Building Information Modelling BIM, Lean Construction, LeanWOOD, timber construction

Two main principles combine the philosophy of modern
timber construction with BIM methodology: Integrative
planning processes, and the use of 3D digital models as
information tools. The efficient application of the
benefits of prefabrication to timber building
manufacturing requires an integrated design process
adapted to timber production which can bring together
information from specialists involved at an early stage of
planning (Figure 1).

Many timber manufacturing companies already work
with 3D computer-aided design (CAD) software. CAD
software is used to design buildings, plan construction
projects, and to manage production. Further information
extracted from 3D building models is used for additional
processes, such as costing, construction tendering or
managing site logistics. In many cases the exchange of
information in the construction supply chain operates at
a level of maturity typically referred to as BIM Level 1,
which is a closed BIM collaboration within an
organization and between partners (Figure 2).

Figure 1: Integrated design shifts effort to early project stages
(Mac Leamy P., 2004). Graphic by Simon le Roux

Figure 2: BIM Levels in Bew-Richards BIM Maturity Model
(Bew, M., and Richards, M., 2008). Graphic by Simon le Roux
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The aim of process development for timber construction
would be to exploit the potential of BIM software
platforms and to improve the interface between 3D
design models and 3D production models.
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The European Technology Platform for the Forest-based
Sector (FTP) specifically identifies the strategic need for
research and innovation to integrate information and
production technologies in design and BIM for new
generation wooden houses [1]. Minimalistic standard
formats such as Industry Foundation Classes (IFC) have
been developed by a building industry consortium since
1994 to define the “useful minimum” scope for data
exchanges and a neutral platform for interoperability [2],
but the timber construction industry faces challenges on
the path to broader design integration with predictable
workflows on shared information models. Proprietary
CAD application suites are used to integrate business
processes within single organizations, but the challenge
has been to provide non-proprietary solutions for broader
interoperability between design and production in timber
construction and suppliers sectors [3].
1.1 leanWOOD: WOODWISDOM-NET PROJECT
The leanWood research project was initiated by research
and industry partners from Finland, France, Switzerland
and Germany in 2014, and focusses on lean planning
processes in timber construction with prefabricated
timber elements. This paper outlines the exchange of
design and manufacturing information with BIM tools,
reflects on collaborative processes in the value chain of
the timber construction industry according to Lean
Construction theory, and discusses the potential for the
combined application of BIM and Lean to timber
manufacturing. The use of BIM for innovative timber
construction in various levels of maturity has been
investigated in selected case studies, and in interviews
with industry partners and practitioners from three
countries (Section 2). The role of BIM as a tool for
collaboration has been investigated in literature reviews
of Lean Construction theory (Section 3).
1.2 IFC FUTURE FOR INTEGRATED PROJECTS
Integrated BIM‐based processes are significantly
different in comparison to traditional document-based
procurement processes. Current file‐based exchanges
containing the whole building in IFC format files are
huge, and do not enable partial exchange. Companies
have no incentives to use integrated BIM to optimize the
whole project without evidence of process benefits, new
business models and resolution for contractual issues.
Contractual issues, such as task definitions, intellectual
property rights, and third parties libraries, must be
addressed before the wide utilizations of BIM. Practical
modelling guidelines are developed on national or
company level with little collaboration, and international
collaboration is an important action. Which would be the
optimized processes if they were re‐engineered without
old limitations? [4.]
Open standards for the exchange of building model data
provide industry-wide digital information structures to
overcome poor software interoperability (Figure 2). BIM
is closely related to integrated project delivery in order
to bring project teams together and collaborate with
information technology. The parametric exchange of
building model data is based on the attributes of digital

objects which can define tangible products, and the
consistent quality of object information has more
importance than 3D detail geometry. Object properties in
the IFC data exchange file format standard (ISO 16739)
can be linked to an international framework for data
dictionaries (Building Smart Data Dictionary bSDD, ISO
12006-3) for shared object libraries and reliable transfer
of object attributes. Information may be delivered
according to agreed process guidelines (Information
Delivery Manual IDM, ISO 29481) in standardized subsets of technical requirements (Model View Definition
MVD). The latest release of the buildingSMART IFC4
data model standard defines extended material properties
for anisotropic wood-based materials, and profile
information is at a higher level than geometric
representation. Structural analysis and detailing has
improved for timber, and a richness of property and
quantity definitions has been provided [5]. With open
BIM standards, it will be increasingly easy for individual
user groups with specialized software applications
(architects, structural designers, manufacturers and
construction managers) to access shared data and
collaborate on multi-user platforms, and to transfer rich
data throughout the entire value chain, while tracking
subsets of data for individual tasks.

2 PERSPECTIVE FROM THREE
COUNTRIES
The work flow of BIM from CAD to computer-aided
manufacturing (CAM) exported to computerized
numerical control (CNC) is already established for the
in-house design and manufacturing of prefabricated
detached homes in Finland using proprietary design tools
for simple timber elements (e.g. ArchiCAD, Tekla, and
Vertex). However, the scaling up of BIM in timber
construction to larger buildings with greater complexity
in design and project collaboration is still emerging.
Prior research has established how project teams struggle
to work with the new BIM technology, and automate old
design processes rather than substantially transform the
way in which designs are created and shared [6].
Experience from Norway shows that large investment in
CNC production machinery and BIM software may not
meet original expectations, and the wood-based building
industry risk losing out on the potential offered by BIM
technology as inter-organizational collaborative tools.
New ways of organizing requires experience, IT-literacy
and market awareness of information exchange. Timber
contractors that have limited interoperability with
upstream project partners (e.g. architects, consultants),
will not achieve a competitive edge if design,
construction and manufacturing are not seamlessly
integrated [7].
In Germany for instance, no case studies were identified
of BIM on timber buildings in 2015, whereas in France
one project was identified. This is partly due to the small
market penetration of timber industry in multi-storey
buildings. Literature and interviews show that design
consultants, software developers, and contractors are
leading the way in developing new practice for BIM in
timber construction, while local timber industries have
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been less active. Features intrinsic to national timber
construction industries – such as small scale production,
isolated timber design specialists, conventional
sequential contract transactions, and a fragmented R&D
effort in the timber industry are evident barriers to a
broad integration of information technology and inhibit
the scale of BIM collaboration in timber construction.
Other technical, economic and management barriers
common to all the construction industry have to be dealt
with, but the situation is quite different in each country.

In 2015 the Finnish Timber Council estimated
570 000m2 new multi-story timber building projects in
Finland [15]. The timber industry has responded to the
market demand for apartment building systems (e.g.
Metsä Wood and Stora Enso timber frame systems).

2.1 EARLY BIM ADAPTION IN FINLAND
Finland has been an early adaptor of BIM in the
construction industry, and active in the development of
interoperable data models between software platforms in
the architecture, engineering and construction (AEC)
industry. Finnish research on BIM have focussed on the
benefits of data exchange for the timber industry such as
BIM-based energy analysis and life-cycle assessment
(e.g. Ilmari project [8]), standard product models for
multi-story timber (RunkoPES, TePuTu projects by
Finnish Wood Research Oy, 2009–2013), model-based
LEAN production systems with linked data and Last
Planner methods (RYM Strategic Centre for Science,
Technology and Innovation of built environment in
Finland, 2009–2015) and new projects to develop the
digitization of the built environment (KIRA-DIGI 2016).
Property owners, architecture and engineering
consultants, software vendors and construction
companies collaborated to develop BIM-based processes
in international forums (buildingSMART Finland).
Contractual obligations have been outlined in Common
BIM Requirements (Finnish COBIM project 2012), and
harmonized with Finnish AEC industry design task lists
(TELU 2012) to define the content and scope of design
work and to plan and manage building projects, thereby
reducing wasted effort and improving time management,
quantity calculations, and cost control.
Up to the present the use of timber for large projects has
remained limited [9], and resources are scattered for
timber research, despite political support for timber
construction and a clear need to strengthen competency
throughout the value chain [10]. The production of
multi-storey housing in Finland has been led by the
prefabricated concrete element industry since the 1960’s,
which had an instrumental role in defining Finnish BIM
requirements (COBIM 2012). BIM tools have matured
for steel and concrete constructions (e.g. modeling
guidelines for precast concrete [11]), whereas BIM tools
and processes for modelling wooden frame structures are
behind the times in comparison to other building
materials [12, 13]. Timber construction involves a higher
degree of detail in planning, and a closer link between
planning and manufacturing than concrete construction,
and therefore requires unified product models for timber
building data exchange [14].
There has been a boom in multi-storey timber housing in
Finland since new regulations for structural fire safety in
2011 made it possible to construct timber framed
residential and office building above 4 stories.

Figure 3: PuuMera Tekla 3D structural model (Sweco 2014)

2.1.1 Finnish multi-story housing case PuuMera
The seven story PuuMera project in Helsinki is Europe’s
largest timber apartment building (11800m², 2015). It
was developed from previous experience gained with the
five story PuuEra apartment building (2100m², 2012).
Design development continues in Honkasuo apartment
buildings (5900 m², 2016). These energy efficient timber
buildings demonstrate the evolution of a prefabricated
element based typology by a developer and structural
design team. In the PuuMera case, the engineering team
had worked together before, and remarked that it was
easy to introduce new architects to the BIM team
without disrupting their established design process, so
long as in-house 3D modelling rules were defined
(Figure 3) [16]. Designers stated that it was important for
all design team members to have previous experience
with BIM collaboration, and they were able to work in a
Lean process, despite the limited BIM guidelines and the
contract barriers between designers and manufacturers.
The structural designer commented that the discussion
about BIM tends to focus more on data management
than on actually improving timber design solutions or
reducing their work load in detail design.

Figure 4: Case PuuMera BIM Process. The Structural
designer is the central BIM co-ordinator and imported IFC
files to a combined model for review every 2 weeks. Graphic by
Simon le Roux, Aalto University
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The PuuMera case used regular IFC exports from
separate designers as a common neutral file format for
design coordination. (Figure 4). According to the
designers, BIM should be used as a solution-driven tool.
The emphasis should be on the evolution of replicable
and efficient solutions for timber construction, to reduce
the workload required to produce the details of complex
structures. A leanWOOD project study on the high
degree of variations between timber projects revealed
that as-built details are often the result of internal and
collaborative development between project partners,
based on earlier experiences, and that construction
details undergo continuing optimisation [17].
The designers in case PuuMera found that the 3D virtual
building assisted them in technical design development
as a user interface to visualize the assembled input of
knowledge from the design team, and maintained the
flow of the design process. While BIM continuously
improved design stage collaboration, the export from
design to production was a break in the value chain. BIM
design teams work collaboratively across contractual
stages, despite conventional tendering contracts which
exclude manufacturers from the early design process.
The production of visual data (such as PDF drawings) is
still the dominant tender documentation in current
practice for manufacturing and site management. Typical
software applications in current practice focus either on
early design collaboration and technical design
development with 3D CAD (e.g. Tekla), or on the
transfer from design to production of customised
structures with CAD/CAM to CNC (e.g. Vertex) [18].
Before committing to CAM object libraries for new
timber structural assemblies, there should be certainty
about the quality of the design solutions, which do
evolve constantly. The PuuMera designers conferred that
it would be useful to refine the data dictionaries and
technical descriptions for IFC timber objects, and
improve the data consistency for export of designs to
CAM manufacturing of timber assemblies.
2.1.2 BIM guidelines in Finland
Current BIM guidelines in Finland focus on the
coordination of design information (e.g. COBIM 2012),
and little attention has been given to the management
and exchange of coherent product information
containing specification details. Typically product
manufacturers’ IFC files contain too much geometry, not
enough properties, and wrong data structure [19a].
Rather than exchanging drawings or massive data
transfers, there should be BIM based communication
defined within the framework of a single task for a
specific purpose [19b]. Uncontrolled information content
cripples data models. Guidelines do not cover Product
Data Management (PDM) methods or product libraries.
The issue of exchanging detailed product data through
BIM is not addressed in the transition away from a
traditional information exchange process. Object
libraries based on open data formats, proper content and
integration into different BIM-based designs,
procurement and cost engineering applications would
bring much needed help to exchanging and using
information throughout the value chain. [20]

2.2 BIM DEVELOPMENT IN FRANCE
At the moment, timber construction has a market share
of less than 10% in France [21]. Applying Lean and BIM
methodologies to this industry will help make it more
competitive, inducing an increase in its market shares.
France has no regulation to make BIM compulsory at
present, but the situation is evolving quickly, and the
government has identified BIM both as a method and a
tool that could bring more efficiency to the construction
industry. A national BIM group is focusing on the issues
of BIM applied to the timber industry, and the main
challenge that has been defined is a technical one,
meaning the incorporation of the timber specifics in the
dictionary PPBIM (Product Properties BIM) which lists
the characteristics needed to completely identify an
element in a BIM model. This is based on the French
experimental norm NF XP P07-150 which defines the
method of categorizing and managing construction
product properties in a harmonized system of reference.
The French BIM Timber Group is working on applying
this guideline to each component of the timber
construction industry. The goal of France is to extend the
NF XP P07-150 standard to other countries through the
European standardization committee.
Another avenue is the production of a database of timber
BIM objects based on the existing catalogue of predesigned
timber
building
details:
“Catalogue
Construction Bois”. This library of details is based on
the French standards, but can also be used in other
countries. All the components of the walls, decks and
roofs will be defined according to the PPBIM dictionary
edited by the French BIM Timber Group.
2.2.1 French case Cité des Civilisations du Vin
The use of BIM in the timber industry is still very new
and few projects implementing a mature level of BIM
have been completed. One of them is the Cité des
Civilisations du Vin, a museum designed by X-TU
Architectes, which opens in June 2016 in Bordeaux.
The structure is mainly made out of concrete, wood and
glass (Figure 5). The use of BIM was a requirement of
the procurement launched in 2012.

Figure 5: Cité des Civilisations du Vin - 3D model
(teklabimsight.com)
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The use of BIM helped to better visualize the project,
and also made it easier to design the different parts of the
curved building. Thanks to the use of this method of
modelling, the timber engineers were able to adjust the
shape of 574 glulam arches to the curve of the glass
covering, and check that it matched the form drawn by
the architect, while minimizing the thickness of the
covering and therefore the price of the overall project.
The companies in charge of the shell and core
construction created and updated a 3D model to monitor
the interfaces between different stakeholders. It was also
used to number each glulam arch as they are all
different. It was easier for the wood company to create
their 3D model as they are used to it, in contrast to the
companies in charge of the roofing and masonry who
were more used to 2D planning, but they made the effort
for the team. This model was shared with other actors
working on the project but not completed by all of them.
In 2012, BIM was still new in the timber industry and
the interoperability between software was not as much
developed as it now is. As the duty of BIM manager as
such did not exist, the architect was in charge of the
modelling and collision detection (Figure 6). At the
beginning, the 3D modelling was mostly used to
visualize the project but bit by bit it became a “real”
BIM project and ended with a BIM Level 2. According
to the stakeholders, it would have been impossible to
erect this building without the use of BIM and the
collaboration it induced. [22.]

Figure 6: Case Cité du Vin with BIM collaboration using 2D
and 3D modelling software, Graphic by FCBA

2.2.2 French case Fondation Louis Vuitton
Another example is the Fondation Louis Vuitton
completed in 2014, an art facility including a museum
and an event venue stretched over 11 600m2. It was
designed with Digital Project, software based on Catia
developed by Gehry Technologies. This program
enabling the work on a common 3D model was used to
ensure the close collaboration between the different
teams that was required to create the intricate shapes
drawn by Frank Gehry. From designing to engineering
and construction it represented a global team of over 200
people dealing with several materials (curved glass
panels, wood glulam beams, steel and concrete).

Figure 7: 3D model and fabricated joint (Gehry Technologies)

The model contributed to the reduction of wasted time
and errors during the designing thanks to continuous
updates and contractual obligation to developed
technical studies within the 3D model. Moreover, the
tools allowing the calculations of each glass panel and
control of the joints were developed through Digital
Project (Figure 7) to enable the use of a CNC cylindrical
glass bending machine thus avoiding the use of molds,
and therefore minimize the cost of fabrication. The
model was also used to verify construction quality
control with on-site laser equipment and feedback into
the model. This way the BIM was always up-to-date and
new pieces could be adapted to the dimensions of the
real building.
2.3 BARRIERS TO BIM IN GERMANY
In Germany, a mandatory implementation of the BIM
application has not yet been introduced. The distribution
is therefore limited to larger office structures, working
with larger projects, and contracted overseas. For small
architectural offices, accounting for 90% of architectural
firms in Germany, the introduction of BIM is associated
with high investments and overheads in project
processing (expertise in BIM Management). 60% of
BIM users only use the data internally on a 3D model
due to problems with data exchange. There are no
convincing functional links between the BIM model
software and CAD programs for timber operations.
2.3.1 Fraunhofer Institute BIM survey
A study was prepared in 2015 by the Fraunhofer Institute
(IAO) via an online survey of 400 respondents of
planners, engineers and contractors, to establish the state
of the art and potential for digital design and
manufacturing methods in the German timber
construction industry [23].
The key results of the study were as follows (Figure 8):
• Every fifth respondent did not know the planning
advantages of using BIM.
• Every second questioned planner (general planner,
architects, engineers) still works based on 2D
drawings, either analogue or digital.
• 29% of production orders use 2D / 3D design data
or often with their own generated model.
• One in three companies with project volume of over
€ 25 million is already working on the BIM method.
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Figure 8: BIM-Study Fraunhofer IAO, 2015

The fully digital process chain, from planning to
prefabrication, is therefore not achieved in practice. 31%
of respondents said that the BIM method is only
profitable with a larger number of employees and / or a
larger project volume. The investment costs for the
purchase of software and the necessary training is too
high for the office.

2.3.2 German case Baufritz
Cost and interface issues are the greatest obstacles for
the further implementation of BIM applications. In the
timber industry implementing BIM works well so far
because the internal process chain from CAD to CAM is
already used by many companies. An example is the
timber house manufacturing company Baufritz which
uses the hsbCAD proprietary software. Planners and
production use the same AutoCAD-based software
application suite (Figure 10). Production design is based
on a central 3D CAD file that contains all the required
manufacturing information. The appended information is
processed for the execution steps when necessary.
According to the BIM maturity categories, a Level 1 or
"Lonely BIM" standard is applied internally, as models
are not shared with project members outside the
organization.

59% of respondents stated that the interface problems
between the different parties of planning, production and
execution were due to the different software, and the
problems had not been solved in the data exchange, and
lead to considerable economic overhead (Figure 8).
7% of respondents confirmed that the planning software
has no interface for manufacturing (Figure 9).
When looking at the isolation of individual respondent
groups: 86% of suppliers involved in the study (almost
all) complained about a lack of exchange formats to
interface between different software, and about the
problems it causes between partners (Figure 9).
In the survey, the construction workers’ complaints were
almost 100%. In the group of investors, project
developers and property developers, there were 79%
complaints, and 65% of both construction companies and
the public sector. The actual numbers of cases in these
groups are low, due to the high representation of
planning participants (72%).
The survey found that data information transferred by
the exchange format does not come to the recipient as
intended. Much of the information received depends on
the software used and is often unreadable in the end.

Figure 10: Baufritz BIM process, Graphic by Simon le Roux

The BIM approach is applied to the early planning
stages, taking into account how the building is to be
realized with a predefined modern timber construction
system. This approach is a form of parametric design,
where an optimal in-house production process sets
limiting parameters. The early stage planner receives a
minimum amount of data, such as default values based
on the manufacturing system, or according to the
limitations of the digital system. Alternatively the
production system may be described by a plugin tool
(space model), which offers a template of predefined
possibilities.
In the study by the Fraunhofer Institute IAO it was
determined that more than half of all companies use
component libraries. The manufacturer and supplier
industries represent 38% of these libraries. Only 11%
mainly use internet platforms such as BIM objects as a
component library.
The Technische Universität München will continue with
a research project for a component library for wood data
and plan to disseminate these audited component groups
to the German market. Numerous testing methods are
necessary to meet German standards and fire safety
requirements. In the end, however, a 3D library could be
produced, as the basis of a certified BIM application.

Figure 9: BIM-Study Fraunhofer IAO, 2015
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3 INTERACTIONS BETWEEN BIM AND
LEAN IN TIMBER CONSTRUCTION
Lean Construction (LC) and BIM are two initiatives that
have emerged over the last decade in the construction
industry. Several researchers and industries have studied
and experienced the potential benefits of the interactions
between BIM and Lean [24]. Sacks et al. (2010)
established a matrix for the assessment of interactions
between BIM functionalities and lean principles. They
identified 56 interactions between Lean and BIM by
juxtaposing BIM functionalities with prescriptive LC
principles, all but four interactions being positive [25].
The most positive correlations between BIM and Lean
principles were “get quality right the first time (reduce
product variability)”, “focus on improving upstream
flow variability (reduce production variability)”, and
“reduce production cycle durations”. Correspondingly,
the most positive aspects regarding BIM functionalities
were “aesthetic and functional evaluation”, “multiuser
viewing of merged or separate multidiscipline models”,
“4D visualization of construction schedules”, and
“online communication of product and process
information”. The breadth and depth of interconnections
between Lean and BIM indicate that any company or
project developing Lean approaches should consider
using BIM for enhancing their Lean outcomes. In
addition, any company or project implementing BIM
should ensure that their process contributes to the best
possible extent to making their processes leaner.

Figure 11: Benefits of BIM for a timber construction project.
Source: leanWOOD survey, FCBA 2016

3.1 SURVEY ON LEAN AND BIM FOR TIMBER
Based on these studies on the relationship between Lean
and BIM, a questionnaire was created by FCBA to
gather feedback from different stakeholders involved in
BIM with the timber industry sector. The survey was
launched in September and is still ongoing in 2016.
Table 1: Respondents to the leanWOOD survey (FCBA, 2016).

Country
France
Finland
Germany
TOTAL

University or
Technological Institute
2
3
0
5

BIM Software
editor
2
0
0
2
14

Private
company
6
0
1
7

Respondents (Table 1) were asked to prioritize different
supposed benefits of BIM. The list of potential benefits
in Figure 11 is derived from the McGrawHill report
about the business value of BIM in Europe [26].
First answers in the survey reveal that all but one of the
benefits of BIM are clearly identified as high or very
high benefits for a timber construction project (Figure
11). The first benefit that is emphasized is a better
collaboration between the owners and the design firms.
Then the most mentioned benefits are linked with the
reduction of errors and omissions during the whole
project, a better image for the company using BIM and a
better cost control predictability.

Figure 12: Stages of a project where BIM benefits are most
appreciated (FCBA 2016).

BIM is appreciated differently according to the
stakeholder answering the question of the benefits of
BIM, but there is a global tendency shown in Figure 12
that the benefits of BIM are most linked with the
technical design steps of the project.
The actors that get most benefits from BIM are the
owners, the structural design office and the architect
(Figure 13).
The owner is obviously the first beneficiary of the
services offered by BIM, but the second beneficiary is
the structural design office before the architect. The
wood structure company gets also very high benefits of
BIM (74%), just behind the architect. By comparison,
the other wood companies get rather low benefits from
BIM.
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Despite different degree of dissemination and BIM
maturity in various European countries, it is anticipated
that the broad implementation of BIM in the European
timber construction industry will proceed.

Figure 13: Principal beneficiaries of BIM. (FCBA 2016)

A clear example to demonstrate international
collaboration and mature BIM implementation is the
Wenlock Road-building finished in 2015, a ten-story
apartment building in London, by principal partners
British Regal Homes and timber manufacturer Binder
Bausysteme from Austria (Figure 15). Binderholz
delivered a total of 1400m2 BBS cross-laminated timber
to Britain. Level 2 BIM was practiced in this project. In
order to meet the tight construction schedule, high
quality requirements were set at an early planning stage
in a common data model, which was fed by IFC
exchange of 3D data.

Figure 14: Who can stop a BIM process if the methodologies
and tools are not mastered? (FCBA 2016)

On the contrary, as in Figure 14, respondents believe that
if the Architects are not involved in a BIM management
or process they are most likely to impede its proper
implementation, before the general contractor and the
design offices. The lack of BIM knowledge for the wood
structure company will moderately block a BIM project.

4 FINDINGS
Guidance with academic and professional knowledge
exists on the joint application of Lean and BIM, as
illustrated by building projects successfully managing
BIM and Lean in synergy. BIM platforms stabilize
multidisciplinary interactions, and assist to keep track of
value chains, and manage complex construction projects.
BIM processes and LC theory should be implemented at
strategic, operative and project levels throughout all
project delivery stages. The integrated design process
does require more upfront effort, which can be recouped
later in design implementation. Upfront effort is
contradictory to traditional sequential design contracts,
since the benefit achieved at the end of the delivery
chain is not necessarily redistributed in compensation for
increased BIM effort at the outset of design (Figure 1).
The intermediary role of the architect is critical when
defining the owner’s basis of design, but conventional
construction contracts restrict the influence of architects
and owners during the implementation of the design,
when BIM is essentially an in-house production delivery
tool. The use of BIM tends to serve the interests of the
dominant contractual partner, more than the end-users,
despite the benefits that BIM offers to other stakeholders
through lifecycle management of projects. Therefore
BIM processes depend on relational contracts based on
trust between stakeholders, and this forms an essential
link between BIM and Lean Construction.

Figure 15: Wenlock Road CAD work. Photo: Binderholz,
Forbes Massie 2013

In order to make BIM implementation even more
efficient and successful for the timber industry, practical
needs have been identified for contractual frameworks,
process guidance, professional experience and training,
software investments and project time allowances. If the
value chain is to be improved, there needs to be a high
level commitment to BIM operative platforms with
smooth and coordinated flow of information between
models and software, and a timber production sequence
able to deliver the Lean Construction benefits of
anticipatory design, continuous learning, agile
production, and computerized manufacturing.
Certain practical issues have been noted, such as the
limited availability of modelling guidance specifically
for timber construction for Architects and Structural
Engineers, to facilitate collaboration between software
platforms. Software vendors have actively developed
structural software for interoperable data models, but the
timber industry has not responded with open guidelines.
As a result, general BIM process guidelines have not
recognized the specific benefits offered by timber
prefabrication, nor identified the key constraints to
timber construction on BIM platforms. Critical
interactions between designers and stakeholders should
be clarified, and alternative operational strategies for
broad BIM platforms disseminated.
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5 CONCLUSIONS
The hypothesis is that the timber industry needs to invest
in open source BIM guidance to designers, and to
experiment in collaborative pilot projects together with
BIM developers and Lean Construction practitioners in
order to test software platforms and learn from their
practical experience. The risk is that software platforms
and BIM requirements may be adopted that are
incompatible with the advancement of the timber
construction industry.
The development of “ready-made” product libraries for
engineered timber components requires a deep
understanding of the data requirements for model
interoperability and compatibility, specific object
attributes and tolerances for CNC timber manufacturing,
guidance for design collaboration, and awareness of the
legal liabilities associated with the specification of
proprietary object libraries.
The development of BIM platforms continues
irrespective of the timber industry, but the industry risks
being left behind. Rather than constraining timber
construction, there should be an improved data
consistency in BIM specifications, a wider choice of
generic BIM objects, and intelligent parametric control
for timber design.
The joint undertaking of a construction project can be
thought of as a virtual company. We need to understand
the whole construction process as a common work.
Communication plays a significant role among the
various participants in this venture. This presupposes
that all of those who are involved in the planning and
execution process have a shared sense of responsibility
and community in the foreground to create a building
together. The autistic profit oriented thinking of
individual parties and sub-optimization should disappear
in favour of the shared benefits of an inclusive planning
and production process. For this, a person is required to
overlook the process. Architects and timber engineers
could be educated for this role, to follow the entire
process from design and planning to production.
The Lean lessons from the automotive industry are
relevant for the development of new software platforms,
since the automotive industry has advanced experience
with planning on shared data models and standards to
control the process.
BIM methods change work processes and job profiles,
but timber manufacturers should take this step to meet
the requirements for larger and more complex tasks in an
economical way.
The leanWOOD project continues until 2017 to
investigate further conditions of lean planning and
manufacturing processes, such as procurement and
cooperation models and a detailed description of work.
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PRODUCTION OF WOOD LIGHT FRAME CONSTRUCTION IN BRA IL
Lu iana da Rosa Es indola1, A mi Ino2
ABSTRACT: In recent years, the construction industry in Brazil has been increasing its activities producing wood light
frame for the first time on a larger scale. This paper aims to analyze this innovative production. First, the data collected
are organized to present two aspects: the main wall compositions and the different construction processes. Then, the paper
analyzes the social housing complex named Haragano, which is the pioneer built with this wood system, consisting of
270 two-story and 10 single-story prefab houses. The results demonstrate that the wood frame components have been
adapted to Brazilian needs according to climate and supply chain conditions and that the construction processes occur onand off-site according to scale of production and factory facilities. At last, the paper concludes that the Haragano complex
can be considered a positive outcome of joint efforts by university, industry and government.
KEYWORDS: wood light frame, social housing, production.

1 INTRODUCTION 123
Wood light frame constructions are mainly renowned in
North America and Central and Northern Europe. Along
the time, each region has developed specific technical
solutions, leading to different building compositions.
In Brazil, in spite of the potential of its planted forests, the
innovation in the wood construction industry is
characterized by isolated circumstances.
Since the decade of 1990’s, academic researchers have
analyzed the possibilities to adapt the wood light frame
components to Brazilian necessities. For example, on the
early 2000’s, after testing the structural performance of
wood species from local planted forests, the Federal
University of Santa Catarina (UFSC) and the
Interdisciplinary Group of Wood Studies (GIEM)
designed and built a social house prototype, applying
technical features of the platform system. Figure 1 shows
the construction of this prototype on site and its finishing
with wood sidings [1].

Figure 1: ocial house prototype uilt in oo
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The results were positive. Overall, the conclusions of this
study pointed how the wood light frame can certainly be
adjusted to the Brazilian context, improving building
quality and reducing labor, time and costs of the
construction.
Accordingly, many other studies conducted on this
subject have presented how this system can contribute to
the technological development of wood construction in
Brazil, by adopting innovative techniques with
prefabricated and standardized components [3].
However, until mid-year 2010, the wood light frame was
rarely produced by local constructors. In general, the low
participation of wood on the Brazilian industry has
occurred because of population’s prejudice over this
material. Usually, this negative concept is based on
incorrect practices, from the design process until the
construction on site, causing a decrease in durability of
wood components. Also, the low technological
development of products offered by several constructors
may detract these material superior advantages.
Yet, going against these negative concepts, in recent
years, the Brazilian wood construction industry has been
increasing its activities producing the light-frame,
especially on the South and Southeast regions. The
technological transformation of the sector is taking place
through joint action by the State, production chain and
research institutes. The highlight of these efforts was the
construction of the social housing complex named
Haragano. Composed by 270 two-story houses and 10
single-story houses, Haragano was the first social
complex built with wood frame.
Based on this recent situation, this paper aims to analyze
the contemporary and innovative wood light frame
production on Brazil, describing components and
2
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methods of construction. And to conclude, the production
of Haragano’s social housing complex will be the case
study outlined over this subject.

First, the foundation is usually built with concrete slab on
grade. Over this concrete floor, the wooden walls are fixed
as e.g. in Figure 2.

2 METHOD
The data presented on this paper is part of a PhD research
in progress. The overall research of this thesis aims to
present the inclusion of the wood frame system in the
Brazilian national program for social housing. This paper
focus is part of this study that characterizes the production
process of this newly introduced system in the Brazilian
context.
Therefore, at first, since 2012 until 2015, six construction
companies were visited in order to collect data about the
production process on the South and Southeast regions.
This field research included interviews, observation notes,
public documents, photographic registers. The data
collected provided information to describe the main
components, specially wall compositions, and the
construction methods off- and on-site.
Then, the paper ends with the analysis of the social
housing complex named Haragano, which is the pioneer
built with this wood system. The data from the case study
of Haragano’s was collected on factory and on site during
production, in the end of 2012 on the city of Pelotas on
Rio Grande do Sul, on the South region. Also, important
public documents complemented these data with
information about codes and regulation, design, costs,
labour and factory facilities [6-9].

3 RESULTS
Currently, wood frame construction in Brazil are applied
mainly for residential use. However, there are some
institutional buildings such as day care, school and
research laboratory.
By the year of 2009, only one or two construction
companies used the wood frame techniques. But gradually
this number is increasing. By 2013, five companies were
contacted in the South and Southeast. In addition to these
companies, this research has added a group of selfemployed builders who acquired their practical
knowledge by working in countries like the United States
and Australia.
Based on the research data, the following two items of this
article shows the main building components and their
production methods. Also, on the third point, the
Haragano complex will be characterized because it is the
first major residential development in wood frame in
Brazil. And it is believed that it was an encouragement to
current industry growth.

Figure 2: oun ation an e terior alls components

In the study, various types of layer composition of the
walls were found. Diversification of materials in these
layers varied mainly in the exterior walls. Although, some
of these components is generally maintained. For
instance, describing the exterior wall from the inside layer
to the outside, numbered from one to five in the Figure 2,
usually these components are the ones who do not change:
(1) gypsum board and interior finishing, (2) fiberglass
wool insulation, (3) wood frame, (4) OSB sheathing, (5)
sheathing paper.
Usually the changes occur on the external finishing and
its materials, characterized as the number six of the
Figures 2 to 4. For this article, two major compositions
were selected.
The first one is illustrated on Figure 3. After the OSB and
waterproof building paper, it applies a wire lath and
stucco over it. Finally, after the finish coat, the wall is
painted.

3.1 WOOD FRAMING COMPONENTS
After visiting six Brazilian wood frame construction
companies, this research has noticed different designs and
layers of components, especially on the interior and
exterior walls. However, in general, these compositions
are based on American and European models.

Figure 3: ype o e terior alls components

Like the previous wall, the second one maintains the same
components from one to five. But it changes the last
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component – number six – to cement board and exterior
painting.

Nevertheless, this negative view of the timber may be
reducing. Because, on the beginning of the year 2016,
there are records of 21 construction companies that
produce Wood Frame in Brazil [4].
3.2 CONSTRUCTION PROCESSES
Next, the two main wood frame construction methods in
Brazil will be featured: fabrication on-site and off-site.
3.2.1 Fa ri ation On sit
Two of the six constructors visited on this research
presented the method of fabrication on-site, similar to the
North American stick-frame. Usually, the elements are
received, cut and nailed on site, where the construction is
also erected and finished, i.e. in Figure 6.

Figure 4: ype o e terior alls components

The wood frame practice is considered new on the
Brazilian construction context. Therefore, these
components continue to be adapted according to climate
conditions and supply chain availabilities. Thus, the
diversity of materials layers is still increasing as
construction companies make adjustments.
Another model is shown on Figure 5. For the internal side
of the of the exterior walls, this company has chosen to
use interior finishing, gypsum board, wood frame and
wool insulation. And for the external side, the following
materials: sheathing board, water resistant barrier,
adhesive, rigid insulation such as EPS, fiberglass
reinforcing mesh, base coat, finish coat and painting. This
wall system is known as Exterior Insulation and Finish
Systems (EIFS).

Figure 5:

o el o e terior all ith

However, as can be seen, the use of wood as a finishing
material is not taking place in the Brazilian wood frame
buildings. The construction remains with the external
appearance of a “material house” – popular expression for
constructions built with concrete structure and masonry.
One of the reasons for the low application of this material
is the prejudice and doubts of both the population and the
technical on the efficiency and durability of wood.

Figure 6: asic steps o construction on-site
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3.2.2 Fa ri ation O sit
Currently, the main production of walls, floors and roof
trusses occurs on factory based on European models. The
prefab assembly lines differ according to scale of
production and available facilities. The production lines
are organized by workstations. The main difference is the
variation between manual, semi-mechanized or
mechanized activities.
In automated production, after the selection of the wood
pieces, mechanized machines controlled by computer
perform all manufacturing of the frame and boards.
On the semi-mechanized production, the wood elements
are cut and positioned manually on the assembly table
with turning function. On this table, frame and boards are
nailed and cut by the computerized machine. Then the
table rotates, as illustrated in Figure 7, and the insulation
material is added manually. Finally, the last materials are
fixed in the wall panel. The prefab components are stored
in the factory waiting for transport to the site where they
will be assembled.

nailing them with pneumatic machines. The OSB board is
nailed and the insulation is placed in. Finally, the open
panel is storage on factory to be transported to site.

Figure 8: re a o

Figure 7: re a o

alls on semi-mechani e pro uction

The basic steps of manual assembly line can be seen in
Figure 8. First, the pieces of treated wood are checked.
Then, the wood is cut and stored near the assembly table.
This table is pneumatic, so it’s able to fix the height of the
walls and provide more security on the manufacturing.
But this the table is fixed on the ground, then the workers
move around or over it, placing the wooden elements and

alls on manual assem ly line

The first company of wood frame prefabrication began its
activities in 2010. In the beginning, it was observed that
its staff was sectored in three main activities: design,
manufacturing off-site and assembly on-site. At the
office, there were about 10 people, including engineers,
architects, sales staff and marketing. There were 7
workers on factory and 5 workers on-site.
In mid-2012, its activities have increased considerably
and a second plant was installed in partnership with
another construction company.
In parallel, another company opened a factory in mid2011. Its owner was a representative of machinery for
mechanized production from abroad. In July of 2012, the
company had a total of 6 workers. But, for lack of demand
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associated with the type of production semi-automatized,
this company has paralyzed its activities for a brief
moment. Soon after, in 2013, it had returned its
production in partnership with a longstanding constructor
of traditional precut wooden buildings.
Therefore, until mid-2013, there were only three shops for
prefabrication of wood frame components in Brazil. All
of these were located in the South region. Over time, their
production practices are being systematized and evolved.
3.3 HARAGANO SOCIAL HOUSING COMPLEX
Haragano is located in the South region of Brazil, at the
city of Pelotas, state of Rio Grande do Sul, in a land
measuring 3.99 hectares [7].
As already mentioned, this was the pioneering complex to
be financed by a public national program for social
housing. It was built in a historic moment, when the first
guidelines for the wood frame system were approved as
will be discussed below.

3.3.2 D si n
The complex consists of 270 two-story and 10 singlestory prefab houses. Each unit has approximately 45 m²
and consists of living room, kitchen, bathroom and two
bedrooms.
To provide accessibility, the one-story house was reserved
for families with special needs, i.e. Figures 9 and 10. The
journal Construction published a simplified budget for
this dwelling of 45 m², considering the amount of
materials and labour. The cost in July of 2013 was
approximately R$ 28,000.00, on the Brazilian currency real. On that moment, one American dollar was equivalent
to R$ 2.30 reals, so the single dwelling costed
approximately $12,200.00 [8].
And according to other estimates, the same unit built in
conventional masonry exceeds this value of
approximately R$ 2,000.00 reals or more [8].

3.3.1 R ulations and od s
In June 2009, a group formed by Brazilian entrepreneurs
and engineers visited factories located in Germany to
comprehend the industrialized production of wood frame
systems. A partnership was established between the
National Service for Industrial Training (SENAI-PR)
from Brazil and the Ministry of Finance and Economy of
the German state Baden-Württemberg to enable the
transferring of these technologies to Brazil.
In November 2009, a group in the wood industry formed
a network called Smart Home Commission in order to
define the first guidelines for wood frame construction in
Brazil. Initially, the committee was attended by builders,
consultants, equipment and technology suppliers,
financing agent, wood suppliers, supplementary materials
suppliers, regulatory agents, research and teaching
institutions and designers. Among those, it was included
the representative of the Ministry of Finance and
Economy of Baden-Württemberg [5].
In September 2011, the guidelines proposed by the
committee were approved, resulting in the document
entitled "Guideline Number 005: Building systems
framed with sawn timber components, closed with
sheathing – Light Wood Framing” [6].
This Guideline is limited to single-story dwellings and
defines parameters for floor, wall and roof components of
the light wood frame. It’s based on the national code for
building performance: structural, thermic, acoustic, fire,
waterproof, maintenance and durability.
After testing the performance of building components, in
2012, the first Document of Technical Evaluation was
approved. This document allows the financing of wood
frame social dwellings [7].
On the same moment, in mid-year of 2012, the Haragano
social complex was produced in partnership by two
construction companies. And, it was funded by the
government social housing program named My House
My Life – inha Casa inha i a.
Next, its design and production process will be detailed.
Figure 9: ne-story

elling esign
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Figure 10: ne-story

Figure 12:

elling inishe

On the ground floor of the two-story dwellings are
located: living room, kitchen and bathroom. The laundry
space is external. And the second floor is accessed by a
metal spiral staircase. There are two bedrooms upstairs, as
is illustrated on the plan of Figure 11. The two-story
houses are townhouses, because they´re attached to each
other as can be seen on Figure 12.

Figure 11:

o-story

elling plans an interiors

,

o-story

ellings inishe

3.3.3 Pr a ri ation
Components of wall, floor and roof were prefabricated on
a factory located in the city of Pelotas by 18 workers. The
assembly line was organized in work stations, for
example: wood selection, framing, OSB sheathing,
cement board sheathing, gypsum board, i.e. in Figure 13.
Initially, before the manufacturing, the raw materials were
inspected, selected and registered for future tracking.
Then, during the manufacturing, after the conclusion of
each stage, a check list was done, scoring the data about
the product quality. Finally, each component finished in
the factory was inspected by the responsible engineer for
the production.

Figure 13:

o-story

elling plans an interiors
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3.3.4 Ass m ly on sit
After the prefabrication, floor and wall panels were
transported to the construction site where they were
erected on the foundation slab-on-grade, as i.e. Figure 14.
This assembly was controlled by a specific engineer who
followed the work, checking the position of each prefab
component to maintain its traceability.

Figure 14:

o-story

elling plans an interiors

After, the stairs were installed and the elements inside
were completed with insulation, plumbing and electrical
systems, doors, windows, gypsum board and finishing
materials such as tiles and painting, as i.e. Figure 15.

On the façade, house wrap or moisture barrier was placed
especially on the joints of units and on the platform floor
of each unit, as i.e. Figure 16. Then, this joints were
completed with cement board and all façade received
external finishing and painting.
Finally, the roof trusses were prefabricated in steel and
covered with ceramic tile, as. i.e. Figure 17.

Figure 16:

o-story

elling plans an interiors

Figure 17:

o-story

elling plans an interiors

During the execution of this housing complex, the
financing bank followed monthly reports written by the
responsible constructor to monitoring and control of
technology.
From the results presented, the positive attitude of the
financial agent of the wood frame system was based on
the management of the production of prefabricated
components and assembly on site, including the quality
control throughout the process.

4 CONCLUSIONS

Figure 15: tair, tile loor, gypsum oar an electrical system

The research presented that the construction industry in
Brazil has been increasing recently by producing wood
light frame on-site and off-site.
Some construction companies produce wood frame on
site. There, all the elements are cut, framed, erected and
assembled. However, other companies have specific
facilities and machinery to prefabricate the building
elements such as wall and floor panels and roof trusses.
Prefabrication has presenting advantages and increases of
quality for wood construction industry and, therefore,
should be encouraged.
According to climate and supply chain conditions,
different types of wood frame components are tested and
applied. For example, wall panels mostly change the
exterior layers, varying between cement board, stucco and
EFIS.
An important point that impelled the construction industry
to apply this innovative wooden system in the Brazilian
context was the approval and publication of its first
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official guideline in order to control quality and
performance of these wood frame buildings. The
institution of the Smart Home Commission was essential
for this, including the participation of builders,
consultants, equipment and technology suppliers,
financing agent, wood suppliers, supplementary materials
suppliers, regulatory agents, research and teaching
institutions and designers. Among those present was also
the representative of the Ministry of Finance and
Economy of Baden-Württemberg.
As a result, the first social housing complex named
Haragano was built. Its production on factory and on site
of 280 dwellings proved the efficiency of this system built
according to guidelines proposed to the Brazilian context.
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APPLICATION OF FAILURE MODE AND EFFECTS ANALYSIS IN THE
INSTUSTRIAL HOUSEBUILDING INDUSTRY
Wol an Gr n urtn r1, Man r d Gronalt2
ABSTRACT: Failure mode and effects analysis (FMEA) is a well-known method in quality management (QM). Until
now only less research is done in the application of quality and process improvement with FMEA in the construction
industry. FMEA supports the involvement of experts’ information, allows engineers to get contextual information to
problems and enables to assess possible failure regarding to their relevance. Reasons for that can be found in the
common project based manner of building projects, which do not support application of FMEA for improvement
projects. Industrialised housebuilding, where project based order fulfilment is combined with process views, starts
changing the need for QM-methods in the construction industry. Also because of upcoming use of Building Information
Modelling (BIM) concepts a need for appropriate QM-methods is generated, to support the development of usable
design standards. In addition it is estimated positive because of the involvement of employees experiences which is a
common source of improvement ideas in construction industry. An FMEA case study is applied during an improvement
project in an industrialized housebuilding company to test how well it works for this application. The method is further
assessed with a use case as well as by findings of interviewed employees.

KEYWORDS: FMEA, Rework, Quality Management, Industrialized house building, case study

1 INTRODUCTION 123
It is well known that more than 5 % of the building costs
of a building project belong to rework costs on
construction site (Taggert et.al. 2014) [1]. For a large
percentage of rework costs the causes can be found in
weak coordination between the involved employees,
interface problems and poorly elaborated design
(Oakland & Marosszeky 2006) [2]. Strong competition
between construction companies is one reason why
industrialized housebuilding companies have to face this
problem to stay competitive.
Because of the collaborative structure of the building
process, with a lot of different employees involved from
the beginning of the design phase to construction site
assembling, prefabricated housebuilders are vulnerable
to interface problems or for failure because of absent
context knowledge. Especially in medium and large size
companies the absence of a general view of the building
process of involved employees contributes to higher
fault rates and increased rework on construction site
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Wolfgang Grenzfurtner, University of Natural Resources and
Life Science, Vienna, wolfgang.grenzfurtner@boku.ac.at
2
Manfred Gronalt, University of Natural Resources and Life
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(Meiling et. al. 2014) [3], (Gronalt & Grenzfurtner 2015)
[4].
The customer individual design, which is an asset of
some industrialized housebuilding companies, may
support unwanted failure because of weak coordination.
Also the high degree of prefabrication at the same time
can cause, as a result of weak coordination or bad design
standards, in rework on construction site. This rework is
absolutely unwanted and results in delay time during the
assembling of a building (Gronalt & Grenzfurtner 2015)
[4].
To meet those challenges industrialized housebuilding
companies have to improve their processes, their quality
management as well as their product development. This
establishes a need for advanced methods for quality
management (QM) and product development in the
prefabricated housing industry (Meiling et. al. 2014) [3],
(Gronalt & Grenzfurtner 2015) [4], (Sandberg et. al.
2008) [5].
In the following section we will give an overview of the
application of QM in the construction industry under
special consideration of the situation in the sector of
industrialized housebuilding.

2 LITERATURE REVIEW
Oakland & Marosszeky (2006) [2] and Zou et al (2015)
[6] identified a big lack in using QM-methods in
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practical application in the construction industry, which
result in poorly elaborated construction details, repeat
new planning of the same construction details,
information loss because of interface problems and weak
coordination between involved employees and at least in
rework as well as loss of effectiveness.
Zou et. al. (2015) [6] state that most of all interventions
to reduce failure and defects in the construction industry
base on knowledge and experience based intuition of
experts and their subjective estimations. For instance it is
not common to use QM-methods to systematically assess
failure and there occurrences. According to the experts
understanding of building process estimations or taken
decisions do not address causes of failure correctly. As
result failure occurs second times or other negative
effects come to light.
Nevertheless a lot of known QM-methods can be used in
building companies (Oakland & Marosszeky 2006) [2]
and still research is done on their application in
construction industry and in particular also for
industrialized housebuilding. The application area of
used methods and tools reaches from specific use in a
part of the building process to a broad application in the
whole order fulfilment process. However the focus of
applying QM-methods in nearly every approach lies on
testing proven methods for typical problems in the
construction industry.
For example, Meiling et. al. (2014) [3] described the
application of plan-do-check-act method (PDCA) in a
continuous improvement approach with the aim to test
how well this method works for industrialized
housebuilding company. Lundkvist et. al. (2014) [7]
assessed PDCA method and continuous improvement in
a similar research question. They suggest that the
proactive use of this method can be used to reduce both
ambiguity and lack of important contextual information.
A knowledge based system for rule checking with
software support to improve efficiency and effectiveness
of prefabricated housebuilders was proposed by
Sandberg (2008) [5]. His approach improves the sales
and design process. The suggested method is quite
reliant to well-developed standards but can reduce
individual failure because of a higher degree of
standardization.
In another approach by Gronalt and Grenzfurtner (2015)
[4] user experience is introduced in the development
processes of industrial housebuilders to get better
standards for planning of buildings. Through the support
of a proposed development process with UXD elements
well elaborated standards are developed. Those support
employees in the building process to take decisions with
a more general view and enables reduction of interface
problems.
Also the upcoming application of BIM technologies,
which may contribute to reduction of failure and rework,
needs elaborated design standards as a base for planning
buildings (Issa & Olbina 2015) [8]. BIM and BIM
related technologies try to support user along the life
cycle of a building to optimize planning, construction
and management of buildings with software support. At
least this method will contribute to a reduction of failure
Zou et al (2015) [6]. Therefore design standards like

details, rules and so on are used. The quality of those
standards in many cases directly influences the planning
results. To develop and assess design standards good
QM-methods and development processes are necessary.
For a successful implementation of BIM the following
conditions are important:
•
•
•

effective communication within the company,
appropriate management of experience and
multidisciplinary knowledge and
collection and evaluation of essential
knowledge on time (Zou et. al. 2016) [6].

To support the implementation of BIM practices which
support those requirements like good development
processes, applicable tools and methods for development
as well as QM are quite necessary (Kokkonen & Alin
2016) [9].
Each of that research emphasises the importance of a
general view on the building process and the need for
introducing contextual information to failure or defects
to reduce rework significantly and improve efficiency of
building processes. FMEA will support this request, if
experts from the different departments of a company
were involved in the FMEA team (Tietjen et. al. 2011)
[10], (Li et al. 2014) [11].
In the following section we will present FMEA in the
application of prefabricated housebuilding. Also the
method and it´s general use is described. Our aim was to
analyse if this method is a useful tool to reduce failure
rate, interface problems and at least rework costs in
industrialized housebuilding under current challenges in
the housebuilding industry.

3 METHODOLOGY
FMEA is a well-known method, which is used in many
companies for R&D or QM to analyse risks of a product
or process. It is quite common to use it in six sigma
projects as well as in development processes to improve
the reliability of products. Additionally FMEA is popular
because of the effective documentation of possible
failure, their causes and how to avoid those, which
enables to store and provide this knowledge for future
(Oakland & Marosszeky 2006) [2], (Werdich 2012) [12],
(Tietjen et. al. 2011) [10] and (Li et al. 2014) [11].
Werdich (2012) [12] and Tietjen et. al. (2011) [10]
distinguish between two approaches of FMEA. A first
approach is applying FMEA preventive during the
development of a product which allows reducing the risk
of breakdown of a product or component at a very early
stage of product development. An FMEA during the
product development represents a quality assurance to
avoid expensive failure related costs in later stages like
rework on construction site. A second approach of
FMEA can be seen as a method to find and initiate
corrective actions in the case of detected failure on the
product or process. This application area provides the
opportunity to analyse detected failure systematically. A
typical application example for this approach is using an
FMEA during a six sigma project. Six Sigma is a QM
approach which uses a number of QM methods, like
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statistical process control, Ishikawa diagrams or FMEA,
in a defined order to systematically reduce and avoid
failure.
The approach of FMEA has a lot of advantages for
quality management and for product development.
Below we summarized some advantages of FMEA,
which are relevant for improving building or
development processes in the prefabricated housing
industry:
•

•

•
•
•

•

•

FMEA uses the experiences and expertise from
employees of different departments to identify the
importance of failure or potential failure
systematically by discussing and structuring the
problem (Oakland & Marosszeky 2006) [2].
FMEA gives the involved experts from the different
departments of a company a general view on the
processes or the applications of the products and
allow a project manager to find comprehensive
solutions for problems (Li et al. 2014) [11].
FMEA enables to find functional interrelations and
possible failure in an early step of their occurring.
Thus failure related cost can be reduced.
FMEA enables to analyse the risk of fall out of a
product, a component or a process on the state of the
art.
FMEA can be used as a knowledge base which
allows focusing on actions for improving
development processes and building processes in the
long term.
FMEA effectively documents potential failure,
functional interrelations between those as well as
their influence on the quality of products or
processes and saving action strategies.
The documentation enables to save the know-how
about failure and functional interrelations for long
term use in a company (Werdich 2012) [12],
(Tietjen et. al. 2011) [10]

Those advantages of FMEA can be used to improve
products and processes in the prefabricated housing
industry. To show this a case study was done.
The approach was supported by a medium size
industrialized housebuilding company, which normally
builds about 200 family homes a year. We introduced
FMEA in the company during an improvement project.
The moderation of the FMEA was done by one of the
scientists, who have technical experiences in the area of
industrialized housebuilding. The FMEA was executed
on the basis of (Werdich 2012) [12] and (Tietjen et. al.
2011) [10]. The formation of the FMEA team was done
accorded to the management under consideration of all
necessary departments. The choice of the team members
was done very carefully under consideration of members
from the different companies departments, because a
broad team formation enables the possibility to include a
lot of views to questions and allows the team to get a
general view of problems (Tietjen et. al. 2011) [10]. The
team consisted of two construction workers, a site
manager, a material requirement planner, a production
manager, a planning engineer, a development engineer, a
purchasing manager and a head of department.

To work on the improvement project four FMEA group
meeting took place. The formulation of the fundamental
problems was done in the beginning of the improvement
project outside of FMEA group meetings. Therefore
workshops with employees for different departments as
well as subcontractors were done. Also information from
customer service was involved. The collected
information to potential failure was used during the
FMEA group meetings.
Each group meeting took place as a moderated work
shop. To analyse and evaluate the problems tools and
techniques like cause and effects analyse or 5-Whymethod were used. In this way failure causes, failure
modes and failure effects were worked out for each
problem. Also for each failure preventive actions and
detection action for the current state were noted. In a
next step the severity of the failure, the probability that a
failure occurs and the probability of failure detection
were assessed. As guidance to assess severity (S),
probability of occurrence (P) and probability of failure
detection (D) the grading scheme by (Tietjen et. al.
2011) [10] was used. For each problem the FMEA group
determined evaluation points from 1 to 10 for each one
of the three indexes. Whereby a high number represents
an unfavourable estimation and a low number the
opposite. The determination of the indexes during the
group meetings must be seen as subjective estimations of
experts (Werdich 2012) [6]. Out of those indexes a Risk
Priority Number (RNP) was calculated to evaluate the
importance of a failure. Therefor the following formula
(1) was used (Werdich 2012) [12], (Tietjen et. al. 2011)
[10]:
R
RPN = Risk Priority Number
S = Severity of an failure
P = Probability of an failure occurs
D = Detection (Probability of failure detection)
RPN helps to systematically estimate the necessity of
improvements for a failure mode. Failure with a RPN
below 100 normally can be neglected. For failure with a
higher RPN improvements should be intended (Tietjen
et. al. 2011) [10].
As all indexes are subjective estimations of experts it is
helpful if the moderator checks the plausibility of the
results with the FMEA group. Nevertheless RPN can be
used to take statements about importance of processing
improvement projects to failure modes (Werdich 2012)
[12].
In a last step actions to avoid and detect those failures
which improve the current status were worked out for
failures with a high priority. Also the improved state has
to be assessed in the same way as the current state to
evaluate suggested improvement actions. Usually most
of improvement actions lead to significant improvements
of RPN. If suggested improvement action do not show
RPN below 100 or won´t fulfil requirements of group
members it is useful to look for alternative improvement
actions (Werdich 2012) [12].
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Finally all results are documented in an FMEA-sheet for
further use and for each of the found improvement
actions responsibilities and the time horizon for
implementation have to be defined.
The results from the FMEA we found during our
improvement project were used in the company for
improvement projects. In the following section we will
describe examples the results of applying an FMEA in
an improvement project.

4 USE CASE
With the problem of rework and unproductive time a
typical representative case which occur on each
construction sites will be presented. Efforts to reduce
rework are an important subjects to improve
competitiveness of construction industry. In this use case
FMEA is chosen to cope with this task.
We evaluated the FMEA approach on the overall
housebuilding processes. Case examples from our
project partner, an industrialized house building
company, show the value of this method for improving
the product development as well as processes including
the coordination between employees in the building
process.
During our case study the method was used to reduce
failure and non-productive time as well as resulting costs
which appear in the plant and on construction site. In the
course of the project problems out of this subject area
were processed, whereby employees in the different
departments formulated lists with fundamental problems
bevor the project start. Also information about defects
from customer service was used. During the four FMEAmeetings those failure lists were processed. Failure were
analysed, ranked relating to their importance by using
RPN and improvement suggestions were found. Out of
53 failures which were discussed during the group
meetings 38 improvement suggestions concerning to
preventive or detecting actions were found. Some of
those contribute to improvements of same failure. Fore
nine failure modes which were assessed with a low RPN
the experts in the team don´t see any importance to
improve something.
The documentation of the results with the FMEA-sheet
was useful for further processing of the improvement
suggestions as well as for controlling of implementation
of those. Not each of the found improvement suggestions
could be processed, even though a general view on the
failure was generated during the FMEA meetings. About
10 improvement suggestions won´t be implemented.
Reasons therefore may be found in technical
modifications or changes in processes which effect the
improvement suggestions, inconsistently implementation
and in two cases misjudgements during the team
meeting. In the last to cases those persons who were
responsible for a part of these failures were not in the
team. All in all we estimate, that the found improvement
suggestions were quite elaborated, even though not all of
those will be implemented. In order to show the findings
an illustrative improvement example which was carried
out during the FMEA meetings is presented in the
following section.

4.1 PROTECTION OF WINDOWSILLS
One of those failures who reached a high RPN was
defects on windowsills. To show the potential of FMEA
we will present this failure example for evaluating the
method and for providing an impression for its practical
use.
Windowsills are components that are installed in a
certain amount in each family home. Typically it consist
of a coated metal plate with two end pieces. The costs of
such a windowsill comprises between €8,- to €15,-.
Despite of the low material costs windowsills are
important components which are used to protect walls
against moisture entrance. Because of this principal
function it is clear why joints to facades must be
executed exact.
A subsequent exchange on construction site in the
consequence of damage is normally very cost expensive
because of additional trips to construction site and timeconsuming rework. Also the execution of joints to
facades after plastering of those is difficult. An exchange
of a windowsill on site could further lead to the
possibility of weak points. However this failure occurred
very frequent. One typical example of a damaged
windowsill is shown in figure 1.

Figure 1:

ample o a mechanical amage o a in o sill

During the FMEA this failure was analysed because
customer service, construction site workers and site
manager told that defects on windowsills occur very
frequently. They estimated that at nearly each fifth to
sixth building one windowsill have to be changed. This
was a quite high probability of occurrence. The FMEA
team analysed the failure in detail by using the FMEA
procedure.
The failure effect for this failure the team defined quite
fast as “Costs for rework on windowsills”. In most cases
this work was executed by customer service in a very
late phase of the building process. Additionally “time
delay to the point of risk transfer to customers” was
determined because “customers avoid accepting much
rework after they are responsible for a building”.
For the further investigation of this failure possible
defects were summarized during the discussion. Typical
found defects were scratched surfaces, dents and
unwanted discrepancies in the surface. To find the
causes for the found defects cause and effects analysis
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was used. During this analysis the team found the
following possible reasons for failure occurrence:
Scratched Surfaces
• Pulling cable on construction site
• Workers use windowsills to go outside
• Delivery with defects by supplier
• Improper remove of plaster material residues
Dents
•
•
•
•

stresses work on the foil cover prevention from scratches
isn´t possible. Although other defects can appear very
slight if only the foil cover was used as protection.

Hits during loading in the plant
Hits during unloading on construction site
Hits from tools or material which is falling
down during assembling of the building
Disassemble of scaffolds

Unwanted discrepancies in the coat surface
• Use of aggressive solvents
• Adhesives which diffuse in the coat surface
• Production failure of suppliers
Some of those failure occurred because of improper
working, whereby team members told that in some cases
it isn´t possible to prevent from those. Two possible
defects occurred because of a missing or imprecise
incoming goods inspection of windowsills.
During further analysis the process was analyzed from
receiving of windowsills up to last rework actions
executed by customer service. In figure 2 the original
process with possible actions of failure detection as well
as possible causes for the defects is shown.

Figure 2: ossi le actions o ailure etection as
possi ilities o ailure occurrence in the process

ell as

The analysis shows that the detection of defects was
quite too late, because each kind of possible failure will
be found after plastering of façade. An earlier detection
of failure was rear and was based on coincidence. As
cause of the late failure detection the late removing of
the foil cover was found. Because of the high degree of
possibilities of failure occurrence also the weak
protection of windowsills through foil covers was
determined. The original protection of windowsills is
shown in figure 3. The used foil cover was definitely not
constructed to prevent from hits. It could prevent from
slight scratches in the surface, but when high mechanical

Figure 3: riginal protection o

in o sills

The knowledge exchange in the team during this phase
of the FMEA is a big advantage for improving processes
as well as technical details. During the project it became
evident, that the team members got a more general view
of the building process, because the intra-departmental
knowledge was supplemented by those of other
departments. For example without the knowledge
exchange in the FMEA-team no one comes to mind that
the protection of windowsills is insufficient.
Found failure modes, failure effects and failure causes
from this stage of the FMEA were transferred to the
FMEA-sheet. For the current state of the failure also
existing preventive actions as well as detecting actions
were noted. For each failure severity (S), probability of
failure occurrence (P) as well as probability of failure
detection (D) were assessed by the team and in the
following the RPN was calculated.
The high risk priority numbers made an improvement of
the current state necessary. But also the team was sure
that a reduction of this failure is necessary, before the
RPN was determined.
To reduce the risk of failure occurrence as well as to
raise the probability of failure detection improvement
actions were carried out. At least three of those were
implemented. Those are “removing foil cover from
windowsills during an incoming goods inspection”,
“Protection of windowsills with a panel” and “sensitize
employees for potential reasons of defects”. An
incoming goods inspection where the protective foil is
removed from the windowsills contributes to a reduction
of production failure on the part of suppliers. Also an
adequate protection of windowsills with a panel reduces
risk of damage from common stresses. Because of this
reason most possibilities of failure occurrence were
reduced to a minimum remaining risk. To support
reduction of possibilities of failure occurrence trainings
and information initiatives for employees are intended.
The recommended actions for improvement were
assessed with FMEA-indexes. The calculated RPN
showed an improvement from the current state to the
improved state if those actions will be realized.
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The results of the FMEA were documented in an FMEAsheet. One example of such documentation is shown in
figure 4. In this figure you can see the documentation for
our use case.
The documentation of essential parts of the findings of
FMEA was also emphasized by the team members as big
advantage of this method. This enables the controlling of
implementation of improvements as well as an easy
understanding of findings.
During implementation of found recommended actions
different board materials for windowsill protection were
tested. As best board for this use a fiberboard was found
which arise as by-product of industrialized
housebuilding and cause no material costs. Also the time
and costs required for cutting and assembling are less
than for rework. The new protection of windowsills is
shown in figure 5.
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is shown in figure 6. Detection of failure which are in the
part of supplier takes place in an early stage of the
process, because foil covers are removed during
incoming goods inspection. Possibilities of failure
occurrence are reduced to a minimum remaining risk.
Additionally protective boards have to be assembled in
the plant.

Figure 6: mpro e
ituation
occurrence an ailure etection

ith possi ilities o

ailure

Based on the implementation of recommended actions
less defects concerning to windowsill damages occurred
after application of FMEA. The positive effect of failure
reduction was seen for all failure where improvement
suggestions were well implemented.

FINDINGS

Figure 5: e protection o

in o sills

Due to the improvement of windowsill protection with
the recommended actions, although possibilities for
failure detection and failure occurrence changed
compared to the initial situation. The improved situation

DISCUSSION

After the project a qualitative survey with all project
members and other employees was made. Statements out
of those interviews should give an impression of
applying FMEA in an industrialized housebuilding
company.
During the FMEA-meetings a quite productive climate
was recognized which enabled constructive working
without big quarrels. The good climate in the team was
also headed as good conditions to work on elaborated
solutions for improving the processes. The
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uncomplicated cooperation enabled the understanding of
positions from different departments, although different
interests were presented. But the FMEA meetings no
principal questions or personal disagreements were to
solve. This was a quite big advantage for this improving
project as well as for applying FMEA during those. All
statements must be seen under this conditions. Despite of
those the statements refer to applying of FMEA in a
construction company to reduce failure and rework.
Independent of our situation a good climate in the team
must be seen as a precondition of successful application
of FMEA as it is also for other methods where people
have to work together in teams (Werdich 2012) [12].
.1 ANALYSIS OF FAILURE
EVALUATION

RISK

The analysis of failure during application of FMEA in a
construction company, where in most cases solving of
problems is based on experience (Zou et. al. 2016) [6],
was assessed as an improvement to common situations
of failure reduction. Because of its experience based
character the method was perceived as useful
supplement to present approaches. This was emphasized
from a planning engineer:
“
is a metho
ith a goo mi ture o tools to
ena le a systematical re uction o ailure specially
the use o e perts e periences to in solutions in
com ination ith systematical proce ure contri ute to
usea le impro ement suggestions Causes o ailure as
ell as e ects o impro ement actions are ell
consi ere
ome o y rom a epartment, ho only
can take ecisions on his o n e perience, on t e
a le to recogni e causes o ailure as ell as e i ”
Also the “ etaile analysis o ailure an the
e amination o ailure causes” one FMEA-team
member saw as an “a antage o this metho ”
Compared to the initial situation also the realization of
improvements is perceived as an opportunity to
systematical reduce failure, like it is told from a planning
engineer:
“ he etermination o impro ement actions ena les us
a much more target orientate re uction o pro lems
The indexes severity, probability of occurrence and
probability of detection of failure as well as RPN, which
is calculated out of those, supports employees with
suitable estimations based on the risks that originates
from a failure. This helps employees, despite of their
limited knowledge, to choose improvements which
contribute to a bigger success of the company. Otherwise
it can appear that improvement suggestions will be
implemented which may have a smaller benefit for the
company or cause disadvantages. Especially in
construction industry, where many people from different
departments have to work together to fulfil orders,
different perceptions are common and contribute to
misjudgements. Because of that reason FMEA-indexes
may support employees in their improvement decisions
as the head of department in our team told us:

he assessment o ailure concerning to their se erity,
pro a ility o occurrence an pro a ility o etection
is a ora le t pro i es clarity to the signi icance o a
ailure an the e ects o impro ements e en though
R
is only the su jecti e estimation o the
team o risks can e classi ie more easily in a
systematical ay
.2 GENERAL VIEW ON THE BUILDING
PROCESS CAUSE AND EFFECT
RELATIONSHIPS
The group discussions during FMEA which enables the
team members to get a general view of the building
process were seen as one of the biggest advantages of
this method. Cause and effects of failure and
improvement suggestions will be understood more easily
from participants. Especially impacts on processes with a
lot of different involved employees in the divided order
fulfilment process get more visible. The group
discussion and the systematical approach of FMEA
enable the participating employees to find common
understandings to problems. A planning engineer told us:
he group iscussion as ell as e inition o ailure
mo es, ailure causes an ailure e ects uring
ena le us to un erstan causes an e ects o ailure
as ell as rom recommen e impro ement actions
specially or me participation rom employees rom
the i erent epartments as really important ecause
it allo s me to get a more general ie o the uil ing
process
ecause o the corporate ecision making e ere
a le to communicate our results in the company in a
common language his a oi s misun erstan ings
The discussions in the group are important to understand
functional interrelations. Erroneous developments can be
avoided by understanding cause and effects
relationships. Also improvement actions as well as new
design standards will be discussed more comprehensive.
Therefore facilitated decision making get possible and
outcomes are easier applicable. A planning engineer and
a material requirement planner emphasised:
ith
ailure coul
e seen rom a roa er
perspecti e
ence, it ecomes possi le in ing a
suita le solution emporary solutions ill e a oi e
The general view on problems also enables to reduce
interface problems between departments. Interfaces will
be defined more precisely. During an FMEA meeting
found improvement suggesting usually take interfaces in
count.
Additionally also capacity scheduling will be considered
easier which is also a contribution to a more
comprehensive decision making. Possible capacity
constrains are in most cases departmental specific
knowledge. This expertise support decision making quite
well. The involvement during FMEA is enabled quite
well because of interdepartmental exchange during the
meetings.
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.3 COOPERATION

COMUNICATION

As benefit beside the found improvement suggestions, an
improvement of the communication of the team
members was seen. This effect was seen as quite positive
for communication and cooperation in the company,
because it doesn´t restrict only on the improvement
project. In many cases of day to day business
cooperation inside the company was improved. One
FMEA team member told it as follows:
o it is much easier or me to talk to people rom
another epartment hen
ha e a uestion or a
pro lem ith something ecause kno to hom
can talk a out my pro lem an kno he ill gi e me
an ans er ase on his e pertise an e periences n
those can count
Another team member told that “since the eginning o
the project ha e less ear to communicate i iculties
or o n ailure ecause other employees un erstan my
point o ie more easily than e or the project”
.4 KNOWLEDGE EXCHANGE
The improved cooperation in the following of FMEA
application enables that skills and expertise knowledge
of employees got more visible for each one in the
company. This was also communicated from more
employees, inside and outside the FMEA team, as big
advantage. The exchange of expertise knowledge and
experiences increased during the improvement project.
Working on concrete problems, which concerns
employees from different departments enables gaining
new knowledge and experiences. A construction site
worker told us:
no le ge e change increase since the impro ement
project mployees rom other epartments contact us
more o ten to iscuss or e ample i erent alternati es
o esign an in ol e us in planning ecision i e are
concerne
e see that our e periences an e pertise
kno le ge is uite important or the company
ut e also get a igger insight in processes, the
kno le ge an structures o other epartments
ecause o this reason it is easier or us to un erstan
ecision, hich contri ute to a etter success o our
company ut or e ample lea to less attracti e ork
on construction site
Also the effective way of documenting knowledge was
seen as advantage for knowledge exchange in the
company as well as for further use for staff training. This
was also confirmed by a development engineer:
urther use o results o
ill e ena le
ecause o the e ecti e ocumentation o kno le ge
hese in ings ill e use or implementation o
impro ement actions, to comprehen agreements, to
control state o impro ement suggestions as ell as or
urther use in e elopment projects or or sta
training see it as a kno le ge ase or urther use

.

M IMPROVEMENT IN
INDUSTRIALI ED HOUSEBUILDING

FMEA is a standard method in six sigma as well as
continuous improvement projects. For this reason also
the usability of FMEA during those improvement
projects in industrialized housebuilding industry is
important. The interviews with employees from our
project partner confirmed that this method is also a quite
suitable method to support OM and improvement
projects in this industry. This was highlighted from the
head of department during our interview:
n my opinion
its ell to the nee s o
in
construction in ustry he use o this metho
ill
contri ute to e iciency enhancement o in ustriali e
house uil ing companies ecause o re uction o
re ork
The effectiveness as well as the usability of this method
in QM of industrialized housebuilding was also
emphasised by the development engineer:
pro i e a uality control in in ustriali e
house uil ing hich ena le a re uction o re ork as
ell as a more e icient
ork or plant an
construction site orkers
ccurring errors ill e
analyse systematically concerning to ailure causes
his isn t as matter o course
Concerning to IT based methods of BIM which could
contribute to improvement of efficiency of construction
industry, also a support for this technologies was
assumed. Especially to improve mapping of processes
and construction standards in BIM-systems and to get
more reality based planning solutions this method was
seen as an opportunity to support BIM implementation
on the user side. The development engineer told us
concerning to this topic:
he use o
can also contri ute to impro ement
o
i it is use or supporting e elopment o
esign an construction stan ar s
.

RE UIRED TIME
RE UISITES

PERSONEL

The time required to apply this method was considered
disadvantageous. Compared to common improvements
in construction industry were in most cases less people
were involved, more time for meetings must be
provided. This requires a rethinking of common view
concerning to improvement of processes and design
standards.
Additionally the collaborative structure of the building
process with employees on different locations was seen
as a disadvantage for using this method. This
complicates the agreement of FMEA meetings. A
construction site worker told us:
t is i icult to participate in meetings i the
construction site here you ork is locate ar a ay
rom the plant ere the meeting takes place
This difficulties to participate on meetings were also
seen by site managers and other construction site
workers. The participation of both groups is essential for
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well elaborated improvement suggestions why a
reduction of this problem is quite important. Because of
this reason it is recommended to prepare meetings well
to enable effective work during the meetings. Also we
recommend to prefer less meetings during the project
because otherwise searching for appointments will
influence FMEA negative.

CONCLUSION
In this paper the well-known QM-method FMEA was
applied in an improvement project in the area of
industrialized housebuilding. The aim was to reduce
rework and unproductive time caused by failure.
Because of this reason the application of FMEA during
an improvement project was accompanied. As findings
the output of well implemented improvement actions is
determined. Out of 53 failures which were discussed
during FMEA 38 improvement suggestions concerning
to preventive or detecting actions were generated. 28 of
those were implemented successful and contribute to a
reduction of potential failure and relating rework.
Out of the treated failure one example which comprises
damages on windowsills is picked out to present the
practical application of the method. Therefore this case
is analyzed from the beginning where failure mode and
failure effects are defined. During the further application
of FMEA cause and effects analysis were used to
analyze the failure in in its details, which enables to take
statements about failure causes and actual actions of
failure prevention as well as failure detection. While the
further analysis severity, probability of failure
occurrence and probability of failure detection are
determined an out of those RPN was calculated. Those is
used to assess the failure concerning to its risk. To
improve the current state recommended actions for
failure detection and prevention are formulated and
assessed. After successful application of FMEA and
implementation of recommended action a reduction of
windowsill damages and the related rework is
determined.
To gain statements to the application of FMEA from
project members and employees a qualitative survey was
made. We found that project members appreciate the
systematically proceeding and the discussion culture
during the FMEA meetings which allowed getting a
more general view of the building process. The
discussion culture during FMEA enabled the employees
to contribute their experience and technical expertise.
Also insights in the working situation of the colleagues
were generated for all employees. After the FMEA some
employees determined that they understood requirements
of other employees much better than before. Also some
employees outside the project group told that the results
of the FMEA and discussions with project members
enable to get a more general few of the building process,
which contributes to less failure in their opinion. As
disadvantage the required time for application was seen.
Also the involvement of construction site workers was to
organize difficult because they are regularly situated on
different sites outside the plant and when the assembling
of a building starts they are typically indispensable.

All in all FMEA is an appropriate method to reduce
failure and relating rework and costs in industrialized
housebuilding industry. It will contribute to improve
processes and construction standards and will at least
support six sigma or continuous improvement projects as
well as BIM technologies.
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THE EMERGENCY EVACUATION WOODEN HUT
Akito Kikuchi, Hisamitsu Kajikawa2,Haruhiko Ogawa3
ABSTRACT: The authors' research group developed an emergency evacuation wooden hut made from inexpensive
trees that ordinary people can easily construct, and performed a construction trial run, while observing the progress.
They expect the huts to be utilized by work locations, temporary residences, and refugee camps after a large scale
disaster.
The main subject of this text regards collecting weather information from emergency evacuation wooden hut.
Observations during this period were recorded and an experiment on the durability of wooden panels was executed.
Through doing this, it was found that there were no problems with the structural resistance and durability of the
emergency evacuation wooden hut.
KEYWORDS: Wooden Panel, Disaster, Self Build,

1 OVERVIEW OF THE EMERGENCY
EVACUATION WOODEN HUT
A place of work and temporary residence at a location
where a large-scale disaster took place. With the
assumption that the refugee camp can serve as a place of
residence, emergency evacuation wooden hut have been
developed that are constructed from inexpensive and
safe wood and that can be assembled even by laymen.
The four basic concepts behind this development are: 1.
self-assembly, 2. ability to safely withstand earthquakes,
strong wind and heavy snow, 3. affordability and 4. the
potential to be mass produced. Delivering short-term
inexpensive and safe housing to people in disasterstricken areas and refugee camps can limit subsequent
damage and facilitate early stage recovery. We believe
that this will also help to improve the living
environments of those residing in refugee camps.
In order to realize the concept of emergency evacuation
wooden hut as outlined above, composition materials
need to be kept to a minimum. The principal components
of the buildings, namely the floors, walls and roofs, are
constructed from adhesive wood panels that can be
produced in factories. The adhesive wood panels can all
be joined using bolt connectors, allowing for assembly
with a single ratchet and as a result, a layman to
construction will be able to assemble it in a short period.
Other elements are also constructed from materials that
are comparatively easy and cheap to obtain, such as
concrete blocks, rope, waterproof sheets, etc. Even
though the roof surface is covered in waterproof sheets
to provide water resistance, the rest of the interior and
exterior is not. (Figure 1)
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Figure 1: Type2014 Overview

2 PURPOSE OF RESEARCH
The main subject of this text is regarding a 3-year
collection of weather information. Observations during
this period are recorded and an experiment on the
durability of wooden panels is executed. Through doing
this, the objective is to clarify the durability of
emergency evacuation wooden hut.

3 PAST ACTIVITIES OF THE
EMERGENCY EVACUATION
WOODEN HUT
In order to inspect the safety, durability, and
workability of the emergency evacuation wooden hut,
we carried out a trial construction from March, 2013,
and then did follow-up observations after that. (Table 1)
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The trial construction was done on the private property
of Nishinippon institute of technology, in Yukuhashi
City, Fukuoka Prefecture, Japan. (Figure 2,3)
Concerning workability, Ver.1 required 4 people and 3
days, however, Ver. 2's trial construction was able to be
done by 4 people in only 3 hours.
Revisions to the building plans were many, however, by
making changes to the specifications of the foundation,
adjusting the number of joints, and devising a way to
fasten the tarp, we were able to reduce the construction
time considerably. (Figure 4)
After the trial construction, we left the emergency
evacuation wooden hut there at the construction site, as
is. We then did periodic follow-up observations. Over
the course of 3 years, the lumber of Type2013 faded, and
the tarp deteriorated, however, there was no corrosion to
the lumber, so it can be thought that there would be no
problems in terms of safety with the emergency
evacuation wooden hut. That being said, there were leaks
in apertures when it rained heavily, such as the spaces
between the wall panels, those between the wall and
floor panels, and the joints, so this will be an issue going
forward.
N

TYPE2014
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Figure 2: Site

Figure 3: Exterior Photos
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Table 1: Activity history
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4 WEATHER INFORMATION

Table 3: Temperature, humidity, ultraviolet

In order to verify the safety and durability of
Type2013.2014 of the emergency evacuation wooden
hut for which we performed assembly trial, we gathered
information regarding Temperature, humidity, ultraviolet
(Table 3), earthquakes (Table 2), typhoons and strong
wing. (Table .4), and weather (Table 5)
The climate in Yukuhashi, Fukuoka is typical of
locations on the Seto Inland Sea: mild, with hardly any
snowfall. Winters see much cloud cover, and the area
receives relatively little rainfall for Kyushu. The site,
however, is close to the sea and very humid in summer.
From July to September, typhoons frequently touch
land here; records from March 2013 detail a maximum
instantaneous wind speed of 34.5 m/s. A rainfall of 51
mm in one hour was recorded. presenting fairly harsh
conditions.
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Table 4: Typhoons and strong wind
date

Year

2013

2014

2015

2016
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5 ELAPSED OBSERVATION RECORD
In order to verify the safety and durability of
Type2013,2014 of the emergency evacuation wooden
hut for which we performed trial construction, we
conducted observations at fixed intervals.
The items we measured were corrosion of the wooden
panels, color change, and rain leakage. We documented
and recorded with photos the changes over the years in
the waterproof sheeting and rope. We also measured the
shed's resistance to movement in strong winds and
earthquakes. (Table 6)
The color of the wood used for the exterior wooden
panels gradually faded due to the effect of ultraviolet
rays within approximately three months, the color had
changed to grey, and the plywood had become damp and
soft, but there was not yet any corrosion. (Figure6,7)
In the interior, there was leakage at the wall-wall joints,
the wall-floor joints, and the tent seams; staining was
present in parts, but the interior plywood overall
remained dry, with no color change visible. (Figure5,8,9)
Also, the hut did not move due to the impact of
earthquakes or typhoons. Therefore, we believe there are
no issues with the shed's structural resistance, even if it
is used outdoors for three years.
Table 6: Observation items

Survey points
Wooden panel
Waterproof
sheets
rope
Other

Survey item
Corrosion
Color variation
Leaky
deterioration

Survey method
photography
photography
photography
photography

deterioration
Position of the
hut

photography
measurement

Figure 6: Aging of the Type2013

Figure 5: Base photo of type2014 (December 2014)

Figure 7: Aging of the Type2014
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Figure 8: Interior photo of type 2013 (September 2013)

Figure 11: Removal of the wall

Figure 9: Outside plywood (July 2016)

Figure 12: Installing the wall

6 DURABILITY PERFORMANCE
EXPERIMENTS OF EXTRACTION
PANEL
6.1 REPLACEMENT OF WOODEN PANEL
In order to check the durability performance of the
emergency evacuation wooden hut Type2013, which had
been constructed 3 years prior, we removed four wall
and four roof panels, and replaced them with new ones,
in March, 2016. (Figure 10,11,12,13,14)
Figure 13: Installing the wall and roof

Figure 10: Work landscape
Figure 14: Completion
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Load cell

6.2 TEST SPECIMEN OVERVIEW
The roof panels consist of 98mm-thick wooden
adhesive panels adhered to one side of 9mm structural
plywood at the core. There are Φ20mm bolt-use holes
placed at 3 places on both sides of the core in order to
affix them to the roof panels. (Figure 15)
The wall panels consist of wooden adhesive panels
adhered to both sides of 5mm structural plywood at the
core. 1/12 slope-use preparation material (spruce) is a
adhered and nailed to the surface of the panels. There are
Φ100mm bolted-connection-use holes placed at 6 places
on the inner wall-side plywood. (Figure 16)

glued laminated wood
pin・roller

pin・roller
displacement meter

test piece
pin・roller

pin

Hydraulic jack
loading point
796

796

796

Figure 17: Experimental outline of roof panel

455

heartwood
28x89
heartwood
30x89

heartwood
30x24

heartwood
28x71

98

plywood 9mm

228

683

20mm

910

910

683

228

3640

Figure 15: Overview of the roof panel
Figure 18:Test specimen photo

Figure 16: Overview of the wall panel

6.3 EXPERIMENTAL OUTLINE

796

3185

Figure 19: Failure type of roof panel

Two wall panels were subject to in-plane shearing tests,
(Figure 17,18,19,20,21)while four roof panels were
subjected to bending tests. (Figure 22)
The test was done by joining two opposite side wall
panels at their apexes, and breaking them with a 910mm
wall panel from the stress point. To keep the two panels
from incurring any bending fractures, 45mm X 105mm
reinforcement material was adhered and nailed to them,
and 105mm X 45mm preparation material was adhered
and nailed to the stress point and fulcrum. For the stress
application we utilized a hydraulic jack to apply a single
stress application until the point of breaking. (Figure
23,24,25,26)
Figure 20: Failure type of roof panel

loading point

test bed
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Figure 24:Failure type of wall panel

Figure 21: Roof panel load-displacement
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Figure 22: Experimental outline of wall panel

Figure 25:Failure type of wall panel

wall-P-delta
60 Design value

-01
-02

load[kN]

50
40
30
20
10
0

Figure 23: Test specimen photo
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Figure 26: Load-displacement

6.4 EXPERIMENTAL RESULT
We carried out the in-plane shearing test on the
emergency evacuation wooden hut’s wall panels, and the
bending test on the roof panels, all of which had been
installed on the exterior for a period of 3 years.
The fracture behavior is displayed in figure 14 and 18,
and in table 7. The test results show that the shear
capacity of the wall panels is 0.95 times that of the
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design value (figure 26), while the bending capacity of
the roof panes is 1.16-1.42 that of the design value
(figure 21). It was verified that they mostly compare
favorably to the design values. (Table 7)
The wall panels experienced fading and softening due to
the effects of rain, wind, and ultra-violet rays, however,
only the thin surface layer of the plywood experienced
corrosion.
The roof panels were protected by a waterproof sheets,
so there was mostly no corrosion.
Table 7: wind

Test piece name
roof01

Maximum
strength(kN)
7.33

roof02

7.76

roof03

8.98

roof04

8.19

wall01

59.43

wall02

59.49

Failure type
heartwood
bending
destruction
heartwood
bending
destruction
heartwood
bending
destruction
heartwood
bending
destruction
rolling shear
destruction
rolling shear
destruction

7 FUTURE RESEARCH PLANS
7.1

FUTURE DEVELOPMENT

• Utilize past experience to develop a product for
Version 3 that has improved workability, durability, and
cost effectiveness.
• Improve workability by refining the rooftop panel and
waterproof sheet with the aim of achieving an assembly
time of two hours for four people.
• Reduce costs by changing the waterproof sheet
material to galvanized steel with the aim of achieving a
price of ¥150,000 per shed.
• Improve durability by adding a cheap exterior material
and modifying the opening in order to fix the rain
leakage problem.
7.2

DURABILITY ANALYSIS RESULTS

• While in this round, we only analyzed the durability
performance of walls and rooftop panels that had been
installed 3 years earlier, in the future we plan to conduct
the analysis on panels installed 1, 2, and 4 years earlier.
• We will continue to conduct periodic monitoring to
accumulate date on panel decay or changes in color.
7.3

COMMERCIALIZATION

• Use the exterior and interior materials to expand the
intended market beyond emergency situations and
refugee camps to products that can be utilized during

ordinary times such as sheds and agricultural
warehouses

8 SUMMARY
•We were able to show that even if installed for three
years outside, it snowed no evidence of aftereffects of
movement from earthquakes or typhoon and has no
issues with structural strength.
•We were able to confirm that there is no problem with
endurance after the durability performance test as well as
observing it over a period of time. We are continuing to
observe changes over time.
•As for workability, we are aiming to make it possible to
fabricate it within one hour at the latest.
•In consideration of future operations, we are researching
carrying capacity and lowering the price. We would also
like to test in areas with other weather conditions, such
as in an area with an abundance of snow.
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DESIGN AND DETAILING OF TIMBER STRUCTURES FOR FITNESS
AND GYMNASIA BUILDINGS: EXPERIENCE FROM SKY HEALTH &
FITNESS CENTRE
Adrian Campbell, Bex Gill, Rob Harrison
ABSTRACT:
The current methods outlined in Eurocode 5 and other guides for dynamic analysis of timber structures are not consistent
or as well developed as others used for lightweight floor construction. Information is also lacking on the design of floors
that are subject to significant excitation forces other than footfall. This paper summarises the methods developed and
adopted for a multi-storey gymnasium project at Sky’s media campus in London to overcome these issues. It addresses
the development of performance criteria suitable for aerobic studios; analysis methods for orthotropic material properties
used for CLT panels and flatwise loaded glulam beams used in the design; and testing of the completed structure to verify
the design basis. Analysis modelling is also dependent on element boundary conditions. We include the modelling
assumptions of standard industry timber details for dynamics alongside the design improvements. The paper summarises
the implications for future designs and possible avenues for research.
KEYWORDS: CLT, dynamics, gymnasiums, assessment criteria, flatwise loaded glulam, dynamic testing

1 INTRODUCTION 123

2 BUILDING DESCRIPTION

The increasing demand and popularity for engineered
glulam or cross-laminated (massive) timber (CLT)
structures is linked, not just to the obvious environmental
benefits of the material, but more critically to its fast
construction time and overall cost competitiveness in
comparison to other structural framing approaches.

The building concept, developed with dRMM Architects,
is derived around a clear approach to both structural and
building services design, to deliver the building within the
15 month programme. Massive timber was the preferred
structural solution, having been successfully used at the
award-winning Sky Believe in Better Building by Arup
Associates.

The need for programme speed was a key determinant in
its selection as the structural material for the
superstructure of Sky’s new Health and Fitness Centre at
their campus in Osterley, London.
This paper provides a brief description of the integrated
engineering design of the whole building, and focuses on
the definition of suitable design criteria and the
justification of the design to make a lightweight timber
structure work effectively for use under significant
dynamic loading, due to the building use.
Results from follow up testing of the completed structure
are also noted and their impact on possible future timber
design is discussed, along with potential scope for further
research.

Figure 1 - Sky Health & Fitness interior © dRMM

1Adrian Campbell BSc, MSt, CEng, MICE, Associate Director,
Arup
2 Bex Gill MEng, Structural Engineer, Arup

3 Rob Harrison MEng, DMS, EngD, CEng, MIMechE, Senior
Engineer, Arup
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Benefits in overall programme speed were delivered in the
structural assembly as well as the ease of the building
services installation. Experience from other timber
projects suggested the need to separate service
distribution zones from the structure, to avoid any
requirement for coordination through the structural
elements.
This is commonly achieved with a reinforced concrete flat
slab solution, but that approach is not realistic with
panelised CLT or glulam beam elements.
The solution, therefore, was set out at the very beginning
of the design; to use shallow band beams on column grids
and span CLT planks between these, to produce a nearly
flat slab solution.

Figure 2 – Shallow band beam and bifurcated column support

This design leaves a zone between column grids, which
has a slightly increased floor to ceiling height, used to
distribute building services. Exposed timber ceilings and
walls also eliminate the need for linings, meaning much
of the finished surface is accomplished following
completion of the structure, generating additional
programme savings.
Services fit out speed was simplified further, by grouping
plant either in the basement, where associated with the
main wet services to showers etc, or on the roof for air
handling. Vertical distribution is via main risers near the
cores, and air distribution across the floors placed at the
rear of the building. Fabric, rather than galvanised
ductwork, was used to also increase the ease of
installation of the air systems.
Electrical power and data is coordinated in the floor zone
to avoid the need for containment to negotiate the step
down at the band beam locations and, again, eliminate as
far as possible the need for coordination through elements
and speed the fixing of services.

Figure 3 – Service Integration Concept

The basement is a conventional tanked reinforced
concrete structure to achieve the required basement grade
and act as the retaining structure to new site landscaping
levels. The early concrete works meant that the
development and fabrication of the timber superstructure
occurred in parallel and also provided a simple separation
between elements near or in the ground and the timber,
which is all within the thermal envelope and, therefore,
designated as Service Class 1.

3

DYNAMIC PERFORMANCE
CRITERIA

3.1 BACKGROUND
The dynamic sensitivity of lightweight structures is well
known; and there are many documented approaches to the
assessment and design of structures to meet the relevant
criteria.
This is especially true of composite steelwork floor
systems, with a significant body of knowledge developed
since the early work by Arup; CCIP-016 is a wellestablished industry guidance document, for instance [1].
This work originally focused on the sensitivity to footfall
vibrations in offices where floor spans were becoming
longer. The same scenarios can be imagined for the
development in design of timber structures and, therefore,
performance requirements are becoming increasingly
challenging.
Dynamics of timber structures are, in comparison,
covered in less detail. Eurocode 5 [2] provides only
empirical based guidance and, as in the CLT Handbook
[3], is exclusively based on suitability for residential
applications. Following this simplified approach can lead
to sensitivities on some areas of a floor plate, especially
when in combination with zones affected by transient
impacts.
This method included in Eurocode 5 is also not suitable
for more significant excitation types such as jumping,
running and aerobic or dancing rhythmic effects; all cases
which had to be understood for the analysis and design of
the Health and Fitness centre. These cases were
considered along with the more commonly understood
footfall analysis, which follows the approach detailed in
CCIP-016.
3.2 DEVELOPMENT OF CRITERIA
In order to develop suitable criteria for Sky Health and
Fitness centre, reference was made to work by Allen [4],
included in the National Building Code of Canada [5], and
to other previous work undertaken for performance
spaces.
By completing research into the unique forcing
requirements and performance for gymnasia applications,
a suite of suitable criteria was defined for various spaces
within the building. This covered the variety of activities,
from aerobics and spin studios to personal training areas,
which could be carried out within the spaces on the
suspended timber floor plate.
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Resonant effects are characterised by vibration that builds
up with each successive cycle of loading if the loading
frequency, or one of its harmonics, is at or close to one of
the natural frequencies of the structure.

Figure 4 - Floor plan highlights all high impact studio spaces
(in blue) within the floor plate

The free weights area is placed at the ground floor of the
building, on the concrete slab and therefore not part of the
criteria.
No single reference document or set of forcing criteria is
established for dynamic performance assessment for
gymnasia use. Following a review of available sources
and existing experience, a more comprehensive set of
dynamic load factors were established to assess the
resonant effects of each activity, as described in Table 1
below.
Table 1 - Dynamic forcing design criteria
Aerobics
(Jumping)
Source:

Jumping
(Impulse)

Dancing

Running

NBC 2010
[5]

ISO
10137:2007
[7]

NBC 2010
[5]

Vibration
Problems in
Structures
(Bachmann
et al)
[6]

Idealised
impulse load

0.6kPa
(2.5m2 per
pair)*

Assumptions:
0.2kPa
(3.5m2per
person)

Dynamic Load Factors:
1st harmonic
1st harmonic 1st harmonic
1.5
0.5
1.6
(2 to
(1.5 to
(2 to 3.5Hz)
2.75Hz)
2.75Hz)
2nd harmonic
2nd harmonic 2nd harmonic
0.7
0.6
0.05
(4 to 7Hz)
(4 to 5.5Hz)
(3 to 5.5Hz)
3rd harmonic 3rd harmonic
3rd harmonic
0.1
Not
0.2
(6 to
significant
(6 to 10Hz)
8.25Hz)
*the area noted here is as defined in the referenced code
These loadings, gathered from a range of sources,
determined an initial aim within the analysis to reduce the
risk of resonant response of the structure, which would
generate the highest responses, if allowed to develop.

By ensuring that the fundamental vertical natural
frequency of the floor plate was sufficiently high to avoid
the frequency range of human motions defined by the
building use, the design avoids these effects. Based on the
impacts being assessed, a minimum limit of 12Hz was set
in order to exceed the higher harmonics of all activities
considered.
It should be noted that this limit is greater than the
accepted limit of 8Hz noted in EC5 for timber floors
subject to footfall. This is a natural progression for
gymnasium floors where activities such as running and
jumping take place at higher activity frequencies than
footfall.
To increase the natural frequency of the structure,
stiffness properties and therefore element depths needed
to be increased. For example, the depth of the CLT panels
used throughout the floor plate was increased to improve
this dynamic performance.
Once resonant effects of aerobic, running and dancing
activities had been mitigated, the transient or impulsive
effects of any aerobic activity became the focus of the
analysis.
To capture these impacts, an idealised impulse load for a
single person jumping was used, taken from International
Standard ISO 10137:2007 [7]. This was considered to be
a worse case than running impacts. The loads provided are
based on a single person jumping and include parameters
covering a range of jump heights, with a peak impulse
load specified for a defined duration.
Within the analysis model, these impulses were applied to
the peaks of the structure’s dynamic mode shapes, in order
to generate the largest response across the floor plate for
individual and group jumping.
The overall dynamic response of a structure is a factor of
its mass, stiffness and damping. Whilst the stiffness is a
function of the material properties and sizes of elements
used, additional mass should be modelled as accurately as
possible; and whilst additional mass can be beneficial in
making a floor more difficult to excite, it also decreases
the natural frequency of a floor plate, making it more
susceptible to resonance.
Damping is also influential in dynamic performance
assessments, but mainly for resonant rather than
impulsive responses. The damping, or energy absorption
capacity, within a structure is a function of the
construction materials themselves and friction in the
structural and non-structural connections. It is a difficult
quantity to predict and measure, particularly for timber
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construction where connections are variable and effects
can be non-linear.
Damping coefficients are stated as a percentage of critical
damping, where critical damping means that the system
returns to equilibrium without oscillation.
Values for damping coefficients of CLT floors vary
significantly between sources. Values as little as 1% have
been observed for bare CLT floors [8] and as high as 45% for CLT structures in-situ where joints, partitions,
floor surfaces, finishes and ceilings add to the energy
absorbtion of the bare structure [9]. A reasonably
conservative level of 2.5% was adopted for the
assessment of Sky Health and Fitness centre, in line with
project experience, existing Arup test data and the layout
of floor partitions.
As with all structural dynamics, where human perception
and level of comfort is the performance driver, actual
acceptability limits are a very subjective topic. What is
deemed ‘acceptable’ will vary between individuals and
also differ depending on the context in which the vibration
is felt.
For example; human perception is increased by the
duration of the vibration, decreased by the proximity to
and the awareness of the source of vibration and relative
to the general expectation of users for the type of structure
or building.
Vibration limits for floors used as gymnasia are less well
developed than for, more common, residential or
commercial applications. Within this design, it was felt
that the sensitivity of users in quieter spaces adjacent to
areas of heavy use would be more critical than the
performance within areas of the activity itself. These areas
were mainly the consultation or physiotherapy rooms,
placed adjacent to aerobic studios or open plan
gymnasium areas.

Response factors are a typical way of assessing floor
vibration performance, with results quantified as
increasing from a value of 1, which is defined as the level
at which floor displacements are just perceptible to
humans. A response factor of 2 is double this level and so
on.
CCIP-016 suggests that a response factor of less than 8 is
a suitable requirement for the majority of general office
spaces subject to intermittent vibration and so this limit
was chosen as the performance requirement for the
treatment and physiotherapy rooms within Sky Health and
Fitness centre. At this level, vibration levels will still be
perceptible to building occupants, but felt at a level which
will, based on experience of other structures, result in a
low probability of adverse comment.
NBC 2010 states that the chance of adverse comment
within an office space due to adjacent gym activities
becomes probable when peak accelerations exceed
approximately 0.5% of gravity. For areas where people
are participating in rhythmic activities, the code also
suggests that peak accelerations over 10% of gravity can
be acceptable.
Considerably higher levels are acceptable in the
gymnasium studios due to the fact that occupants are
active, generating the impact themselves and therefore
less perceptive to the vibration effects. On this basis, it
may be resolved that vibration levels can be 20 times that
of an office floor plate in an area where rhythmic activity
is taking place, such as exercise studios, without adverse
comment.
This equates to the target response factors of less than
approximately 8 in treatment rooms and 160 in fitness
studios.

4 MODELLING TIMBER STRUCTURES
4.1 METHOD
The stiffness of timber elements is influenced by both the
bending and shear stiffness. In massive (orthotropic)
timber structures, rolling shear (deformations of elements
across the grain, particularly at changes in lamella
orientation, in the case of CLT) can have a significant
impact on overall section stiffness.
The modelling approach used for elements was adapted
from methods previously implemented for hardwood CLT
for The Endless Stair and Scale Infinite projects [10],
engineered by Arup, and expanded to include the flatwise
loaded glulam beams.

Figure 5 – Adjacency between high impact spaces (blue) and
‘quieter’ consultation spaces (red)

For CLT properties, the gamma method was used to
determine the effective directional stiffness of the
elements depending on their composition, the direction
and depth of layers. The orthogonal properties of this
material impact the overall mode shapes for the floor and
this is of particular importance when considering the
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transmission of vibration from the active to quiet spaces
in both directions.
Understanding the grain direction and associated
directional stiffness properties for the glulam main beams
was also very important. These beams are subject to out
of balance loading and torsion when loaded flatwise.
Rolling shear has a dominant influence on stiffness in this
case.
The rolling shear stiffness value (Gr) was taken as the
standard value provided in BS EN 14080 [11] as 10% of
the shear modulus, G (78N/mm2), and agreed with the
supplier, Rubner. The value of Gr has a significant impact
on torsional stiffness and therefore the overall mode shape
of the floors.

Figure 7 – Hybrid CLT panel to panel edge joint

A hybrid of two typical edge joints was developed to
provide a degree of dynamic moment continuity in the
non-spanning direction, mobilising more of the floor
plate. A lap joint and a broader top joint were combined
following discussions with the fabrication team. This
detail required on site gluing of the lap joint, but avoided
deviating too far from standard connection details to ease
fabrication.
In another step to mobilise more mass into the vibration
system we proposed the inclusion of storey height fins to
be concealed and incorporated within the architectural
layout.

Figure 6 – FE Analysis model

With lack of precedent for projects such as this, where
understanding dynamic performance is such a key driver,
a performance-based analysis from first principles was
required.

Instead of simple partitioning proposed for storage
cupboards along the length of the glulam beam adjacent
to two of the studios, the CLT fins were implemented
instead, mobilising additional mass from the floor above.

Full floor plates were modelled using conventional finite
element (FE) methods within Arup’s in-house Oasys GSA
8.7 software and element properties and restraint
conditions were modelled to reasonably represent the
interaction of the actual elements at column and bearing
supports.
All CLT bearings were modelled as pin connections at
beam locations, in order to represent how they are likely
to behave in reality and consistent with the fabricator’s
detailing.
Panel to panel edge joints in CLT (connecting the panels
in the non-spanning direction) typically use screwed lap
joints to provide shear continuity only. On initial analysis
these connections caused local panel mode effects,
forming peaks in mode shapes.
As was evident from the susceptibility of impulse forces
to reduced mass, improving the continuity of this joint
was identified as a way of improving the performance of
the floor by increasing the stiffness of the floor plate in
the non-spanning direction and reducing the effects of
panel modes.

Figure 8 – CLT storey height ‘fin’ seen in the background

4.2 DISCUSSION OF THE MODEL
CLT orthotropic properties were modelled using 2D shell
elements with stiffness values attributed to each
orthogonal direction.
Glulam beams were also modelled as orthotropic 2D
elements, due to their flatwise wide dimension and in
order to not underestimate the contribution of the torsional
stiffness of these beams to certain mode shapes. 1D beam
elements were used to model the glulam columns, placed
in pairs along the length of the glulam beams.
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Dynamic loads for different activities were used to excite
relevant areas of the floor, with the responses calculated
for comparison with the respective acceptance criteria
defined for different spaces. Regardless of localised
forcing cases, the response was assessed across the entire
floor plate in each case.

The dynamic testing was not only to quantify the
magnitude of the responses themselves, but also to
compare the test results with the responses generated in
the analysis model to verify the modelling assumptions
made.
Initially, a series of heel drop tests were carried out to
measure the natural frequencies and damping of the floor,
by examining the vibration decay profiles recorded by
accelerometers.
In addition to this, jumping tests, with various group sizes,
were carried out in the areas known to develop the most
onerous dynamic modes from the original modelling.

Figure 9 – Weight of participants, with associated dynamic load
factors, applied to localised studio space within analysis model

Iterative assessments identified some required
modifications with regards to increasing CLT element
depths. The analysis also highlighted risks with certain
room adjacencies that needed to be agreed with the client.
Through a series of analysis modelling and sensitivity
testing, there was sufficient confidence in the responses
generated compared to the defined acceptance criteria to
progress to fabrication and construction stages, with a
plan to test the structure prior to opening.

For a range of jumping tests, accelerations and response
factors were measured and compared to the original
values and acceptance limits. This included specifically
measuring the responses in the sensitive adjacencies, such
as the treatment and physiotherapy rooms, highlighted by
the responses from the analysis model.
The floor plate was tested in two halves, using a setup of
four accelerometers per configuration, in order to measure
the response in various locations simultaneously.

4.3 TESTING
Erection of the structural timber frame took place between
November 2014 and January 2015. Dynamic testing was
undertaken of the suspended CLT floor after the
completion of the frame and prior to installation of the
finishes and services, in order to verify that the
performance was consistent with the modelling
assumptions.

Figure 11 – Four accelerometer locations on each side of the
floor plate create two separate testing configurations

The lowest floor natural frequencies were measured at
approximately 14Hz, above the minimum target set on
this project of 12Hz and also, in line with the lowest
vertical natural frequency generated in the analysis model,
13.6Hz.

Figure 10 – Response testing for two person jumping case at
2.75Hz

Damping levels on the plain floor measured at 2%, less
than the original analysis assumption of 2.5%. However,
at the time of testing, non-structural elements such as floor
finishes, services and partition walls were not installed
and anticipated to increase the damping.
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In the sensitive treatment and physiotherapy spaces,
response factors due to one person and group jumping
tests in other active areas of the floor plate, measured
typically between 4 and 5, with a peak of 8 in all cases
considered.
Therefore, these values fall within the limit of 8
determined suitable for these spaces. The peak response
factors all measured less than 30 in the exercise studios
and main gym floor. This is well within the specified
criteria of 160.
All values were deemed in line with the modelling
analysis results and consistent with the defined
acceptance criteria.

5 IMPLICATIONS FOR DESIGN
The successful use of the finished building demonstrates
that lightweight massive timber can be used in areas of
significant dynamic forcing, but requires careful analysis
and detailing of the final design.
The use of timber, when possibly subject to either
increased risk of user dissatisfaction or greater and more
unusual dynamic forcing, requires more developed
methods of modelling than simply satisfying the
requirements provided in the Eurocode 5.
Three verifications are provided in Eurocode 5 for
satisfying floor vibration requirements. The first looks
solely at static deflection under a centrally positioned
single point load and provides a limit for this deflection
based simply on floor span.
The second is concerned with unit impulse velocity
response, but is dependent on an accurate damping value
assumption. Thirdly, Eurocode 5 states that the natural
frequency of the floor should be at least 8Hz, calculated
by a formula provided, that is dependent on instantaneous
floor deflection.
If the natural frequency is above this, a more precise
investigation should be conducted. However, there is no
further information provided regarding what form this
more precise verification should take.
In order to fully appreciate the dynamic effects, in
instances such as this, the full floor plate should be
modelled to understand the natural frequency of the layout
and the mode shape implications of openings, adjacencies
and restraints.

Figure 12 – Response factor time-history plots for two person
jumping case at 2.75Hz, measured in 4 locations

4.4 IN USE PERFORMANCE
Actual performance and the views of users is ultimately
the test of acceptability of the design and also of the
criteria defined. The client was advised early on of the
possible limitations in the design’s performance, to ensure
awareness of how the building might perform once open
and in use.
The building opened in July 2015. The studio spaces are
functioning effectively, with no reported issues of
sensitivity of adjacent ’quiet’ spaces or any adverse
comments regarding the main fitness or spin studios.
This supports the analysis method and judgements made
throughout the design, to define a system’s dynamic
performance, which would not have been possible using
limited standard codified methods.

A review of fixity provided by typical details adopted
within the industry, especially for CLT, may help to
improve future performance without significant cost or
complexity.
From the analysis carried out for Sky Health and Fitness
centre, the importance of joints in the non-spanning
direction was highlighted. In the case of the gymnasium,
bespoke edge to edge plank details appear to have helped
the overall floor performance. This is a detail solely
developed to deal with dynamic effects which would have
not been considered if detailed modelling had not been
carried out, looking at the entire floor plate as a whole.
From comparison between analysis and on-site testing
results, damping at the median level of reported values at
around 2.5% appears to be a suitable basis for initial
design. Collating and understanding the assumptions
behind values used and recorded on other projects will
only help hone this initial assumption, for which there is
currently little available data.
This project has clearly shown that in-situ testing and
early consultation with the end user helps to verify the
design assumptions and methodologies and also clearly
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explain the probable performance of the structure in use.
This communication and understanding is an important
element of achieving overall success in use. Early
consultation with architects and clients regarding
vibration of floors should inform room layouts and floor
planning.

Figure 13 - Finished interior in use

Overall, this building demonstrates that careful
engineering design and early awareness of potential in use
issues can help deliver a structure that meets all
performance requirements.
The combination of complex gymnasium forcing and
lightweight floor construction has been successfully
analysed, designed and constructed and is readily
achievable with massive timber.
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STRUCTURAL DESIGN OF A TRADITIONAL OPEN-AIR THEATER STAGE

Hiroshi Fukuyama1
ABSTRACT: This article is about case study on structural design of Japanese traditional wood architecture. A stage for
Japanese traditional puppet play with music called "Ningyo Joruri Bunraku" is its use. Components of this architecture
are prefabricated and can be built in only 2 days and taken apart in a single day for performance in any place. The
structure is based on old techniques, not using steel members but hardwood shear-keys and dowels with utilizing
traditional techniques of hand processing by temple-and-shrine carpenters. However, the mobility of the architecture
requires its structure for new ideas of combination of old technologies. The process shows a clue of less energy
construction that new technologies of analysis make it possible for us to re-understand and redesign.
KEYWORDS: traditional architecture, wood dowel, wood shear keys, pushover analysis
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info@hafnium.jp

Fig.1:

Open-air BUNRAKU theather, scene of performance
at Osaka 2015 Autumn.
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1 INTRODUCTION
This is a case study of a traditional wood architecture
with utilizing complicated design analysis and traditional
techniques of hand processing by temple-and-shrine
carpenters. Japanese traditional puppet-play with music,
called "Ningyo Joruri Bunraku", one of the Intangible
Cultural Heritage of UNESCO, is held twice a year in
this traditional style open-air theater. Components of the
stage architecture are prefabricated and can be built in
only 2 days and taken apart in a single day. This mobility
allows Bunraku performance to be taken in any place.
The theater stage was already used twice in 2 different
cities, Tokyo and Osaka, Japan during 2015. Japanese
traditional performing arts used to go around many cities
and it is a sort of revival of the entertainment custom.
This mobile theater project is planned to last till 2020.

doors, just bigger version of that.
Lateral performance of shearwall is dominated by
hard wood dowel shear keys between each plank. For
shearwall modelling, dowel shear test results were
directly used. As shown in fig, single shear test was done.
Test results and analytical curves which are used on next
modelling step are shown in fig. The quadrilinear curve
shows the average step approximation of the test results.
And the trilinear curve shows theoretical prediction by
calculations based on reported theories.
Former experiments and theories indicated that
slenderness of wood dowel is better in 1.5~2.5(L/D) in
each member of single shear. High slenderness results in
high 2nd stiffness but less ductility with early bending
break. And low slenderness has the better structural
characteristics. But if it comes too short, it’s difficult to

2 STRUCTURAL DESIGN
Structural components of the project consist only with
natural resources except steel bar foundation hiding
in bottom wood sill. Neither nails nor screws were
used basically. Therefore, processing accuracy and
management of site construction accuracy (accuracy
design) is the key of the structure.
2.1 SHEARWALLS

Fig.3:

Sheawalls dropped into the frameworks
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Structural details around shearwall (structural drawings)
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put multiple dowels on single plane for construction.
In this case, plank thickness can’t be too high and
that decides the D (diameter of dowel). Then the best
proportion is determined by the maximum slenderness
without final breaking down; plank thickness is 45mm
and dowel diameter 18mm, length 72mm (2D+2D).

Ť

ŤŊ

When modelling shearwall as in the total structure
model, it was treated as compression-only brace with
quadrilinear characteristics. As shown in the detail figure,
the wall can only bear compression-shear but not tensionshear. Shearwalls were directly connected only to the
upper and lower beams. (fig.*) With precedent break of
connections of frameworks other than plank dowel were
carefully prevented, lateral characteristics of shearwall
was calculated with 2 different ways.
-1. Simple arrangement calculation of dowels per plane
and plank proportion multiplied by decreasing
ratio from the reference test. The ratio derives from
embedding deformation in every point and sum of
slight slacks.

k plane = kdowel × n,
b ⋅θ = P ⋅ H

δ

H

=

δ plane

b

=θ

L ⋅ k plane

⋅b⋅ L
k
Kθ = P = plane
H
θ
n ⋅ kdowel ⋅ b ⋅ L 
×γ
Kθ _ nom =
H

k plane : shear stffness per plane (between planks)
kdowel : shearr stffness per dowel

Fig.4:

n:
Kθ :

Single shear test of white oak dowel (r = 0.95)

number of dowels per plane
stiffness of the shearwall (without consideration
of deformation other than dowel shear)

Kθ _ nom : nominal stiffness of the shearwall
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-2. Full frame model calculation considering embedment
springs in every joints of the shearwall unit members
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visible, so they must be also aesthetically satisfactory at
the same time.
Mortis-and-tenon of frame joints function for shear and
compression forces, and wood dowels for tensile force of
the member. Tensile stiffness of the joint was only taken
into account for whole structural analysis and stiffness
of other force directions were ignored; treated as pin.
Tensile spring characteristics were calculated by theories
as the same trilinear curve as shown in fig, even though
the fig was single shear pattern and the joint were double
shear. The former report shows the applicability of the
basic yield theory which takes shear crack mode into
account.
And with the reference tests of other type of shearwall,
the joint of the same geometry has enough ductility.
Main members crack after dowel yields (1.shear crack
to 2.bending crack inside). Ductility depends on its edge
distance from the member end.
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Fig.8:

full frame model of shearwall

Method 2 showed little stiffer lateral characteristics
than method 1. And its equivalent decreasing ratio was
0.75~0.85 while the ratio of the reference test shows
0.7. Because it’s too much effort to calculate every
shearwall of the structure with method 2, method 1 with
standardized 0.75 decreasing ratio was adopted to all the
shearwall calculations.
30

Fig.10: final state of double shear frame joint with the same
geometry (reference test)
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2.2 FRAME JOINTS
With using the fitting shear wall and the same kind of
prefabricated panel components also in the horizontal
planes of the floor and the roof, the frameworks are
required to carry certain level of axial and shear loads.
The connections of the frameworks mainly consist of
mortise-and-tenon with hardwood dowels. Geometrical
properties of the joints are carefully determined by both
calculation and reference tests. And all the joints are

Fig.11: Details of frame joints; top an bottom of column
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2.3 FOUNDATION
One of the difficulties of the analysis is about foundation.
The architecture is now temporary theater and not
strongly connected to the earth but just put on the ground.
Steel bars in the bottom sill are hidden foundation for
connecting each sill members. And at the same time,
the foundation is directly connected to the bottoms of
the columns. Connections of the foundation bars are
relatively highly strong. Even concentrated movement
of the ground-sill (foundation) shear slip were assumed
and designed not to break at the sill level. Columnfoundation connection is not so strong. It’s connected
with wood dowels penetrating both column and vertical
square bar of the foundation. Early collapse of the joint
could possibly happen but the vertical bar length has
enough length to allow locking movement of the whole
structure.
2.4 OTHER STRUCTURAL MEMBERS
Floor and roof also consist with prefabricated panels. As
floor panels are visible from one side, floor planks were
grooved from bottom side and hardwood bars inserted.
The same composition was adopted for under-the-floor
wall. About the roof, exceptionally plywood and nail
were used between sawn timber plank layers on the
top and bottom of the plywood. It’s for weight addition
and stability during the construction. Weight balance
becomes worse if the roof panels are too light. It’s
because large decorative unit is needed on the front side
and the severer lateral force condition is wind (typhoon)
than earthquake. All those members were taken into
account as bilinear brace for 3-dimentional model.

Fig.12: steel foundation details and final hiding

Fig.13: composition of roof panels
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3 THREE-DIMENSION PUSH-OVER
ANALYSIS
Based on designs and models of shear components
and frames, 3-dimension push-over analysis was done.
We have to assume lifting and sliding at the ground
level, even though steel bar in the bottom sill prevents
individual bottom level collapse. In this case, static
friction coefficient of 0.4 was taken into account between
bottom of the foundation and the ground.
About lateral force, input of extremely-rare earthquake

force (once in several hundred years, a sort of safety
limit state) was calculated 0.97G. But the wind force was
the severer. That of wind force, assuming typhoon in the
severest south area, was calculated 1.4 times large lateral
forces; 0.9kN/m2 from upwind side and 0.45kN/m2 for
downwind side. If it comes to sliding phase of whole
structure, unity of foundation level and floor stiffness can
be assumed to retain. Lateral force of over-assumption
sometimes happens in this country but it has enough
remaining forces.

Tensile spring at both top and bottom of the columns.
And also floor beam end has tensile spring. Other force
direction are treated as pinned joint.

All shearwall and under-floor shearwall braces are
compression-only.

friction coefficient of 0.4 is considered and points of
large dead load can be fixed point for model calculation

lifting at upwind side corner with shear wall
resisting

Fig.14: Image and points of 3-dimentional push-over analysis

Pushover Analysys
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Fig.15: Results of push-over analysis shown as relationship between base shear - average displacement of the top corners. And
calculated lateral forces of sort-of service limit state and safety limit state
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4 CONSTRUCTION
As already explained on design details, all the shear
components were prefabricated panels. And appropriate
clearance to each member, groove of column side to
shearwall, gap between foundation bar and bottom hole
of column and so on, functioned well and fortunately
construction time was only 2 days as on plan.
Disassembly takes only a single day.

Fig.16: Photos during the construction at Osaka
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Fig.17: Laout drawing at Roppongi Hills, Tokyo
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Fig.18: Photos of finnished archtecture

5 Summary
Through this case study, a method of utilizing
traditional structural technique was indicated and it
shows possibility of some universality for the future.
Old technology often requires more effort of ours on
analysis and design but less energy consumption from
the environment. One of the thing what we need is less
energy consumption simple building with utilizing
complicated and elaborated analysis and design
techniques now available. This project shows some clue
for it.

Acknowledgement
Theater owned and event promoted by THE NIPPON
FOUNDATION. Architectural design and management
by Tetsuya Tanokura.

References
[1] Hiroshi Fukuyama, Naoto Ando, Masahiro Inayama,
Masayuki Takemura and Masafumi Inoue: Proposal
of Analytical Models of Wooden Dowel Shear Joint
- Single Shear Joint with slender-type round dowel -,
Journal of Structural and Construction Engineering,
Architectural Institute of Japan, 2007
[2] Hiroshi Fukuyama, Naoto Ando, Masahiro Inayama
and Masayuki Takemura: Calculation Model and
Yield Process of Single Shear Joint with wood dowel
of various slendernesses - Proposal of Analytical
Models of Wooden Dowel Shear Joint (No.2) -,
Journal of Structural and Construction Engineering,
Architectural Institute of Japan, 2008
[3] Ritsuko Ishikawa, et al.: Development of “Super
Wooden Wall Construction”, Report of Obayasi
corporation technical research institute, 2013

WCTE 2016 e-book | 6148

WCTE 2016
World Conference on
Timber Engineering
August 22-25, 2016 | Vienna, Austria

A HEALTHY LOG HOUSING CONCEPT FOR SENIOR CITIZENS

Jonna Silvo1
ABSTRACT: The post-war generation has reached senior age and is currently in retirement. We have more ageing
people than ever and we thus need new concepts for caring for them. Senior citizens dream of a healthy home to live in,
high quality and accessibility, a feeling of comfort and safety and staying active despite ageing. The question is how
architecture could bring these contents into their lives. Wood as a construction material has several known positive
properties and using logs as material for senior houses create a healthy environment. The aim of this study is to develop
a healthy wooden log housing concept for senior citizens. This study begins with a literature review, followed by a
section introducing design solutions. The concept itself consists of a log house modules theme with variations to the
modules. The final solution takes shape depending on the habitants and surroundings.
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1 INTRODUCTION 123
Ageing means giving up many things. But we often
forget that ageing also means the beginning of something
new. An old saying goes: “When one door closes,
another opens”. The purpose of this study is to open new
doors concerning the housing of senior citizens. The
post-war generation in Finland, as in many Western
countries, has reached senior age and is currently in
retirement. We have more ageing people than ever and
we thus need new concepts for caring for them. We are
not the only ones, though. For example the one-child
policy in China has led to the traditional elderly care
model not working anymore [1]. Long-term housing
solutions for senior citizens are therefore needed
worldwide. How could architecture bring new contents
into the life of senior citizens?
How to approach this subject matter? To begin with we
have to ask what needs senior citizens have concerning
their housing. Based on the literature [2-4] they dream of
a healthy home to live in, high quality and accessibility,
a feeling of comfort and safety and staying active despite
ageing. The senior housing market needs new concepts
and brands for fulfilling seniors’ housing needs [5]. A
‘design for all’- strategy does not fulfil the needs of all
seniors anymore.
Wood as a construction material has several known
positive properties, e.g. antibacteriality, moisture
buffering, psychological effects and authenticity, which
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all positively influence people living in wooden houses.
Words often used to describe wood include warm,
comfortable and relaxing [6]. Based on this, an idea of a
concept combining senior citizen housing and building
with logs began to form. Wood as a natural and healthy
material sits well with the needs of senior housing.
The aim of this study is to develop a healthy wooden log
housing concept for senior citizens. A living
environment where senior citizens feel alive and healthy,
and most importantly feel at home. This study begins
with a literature review, followed by a section
introducing design solutions. The concept itself consists
of a log house modules theme with variations to the
modules. The final solution takes shape depending on
the habitants and surroundings.

2 WHY BUILD WITH WOOD
2.1 PSYCHOLOGICAL EFFECTS OF WOOD
People tend to prefer environments that spark their
interest but do not demand too much of their attention.
This includes construction materials such as wood and
stone [7]. Wood as a material is known to have a positive
impact on people’s emotional states and psychological
health. Rice et al. [8] and Rametsteiner [7] state that
people often consider interior wood natural, warm,
comfortable, relaxing, healthy, good-looking, easy to use
and an environmentally friendly choice. People simply
feel well when surrounded by wood and they have an
innate understanding that wood creates healthful
environments [8]. Anttila et al. [9] state in their research
that persons living in log houses were more satisfied
with their apartments than people living in other wooden
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houses or stone houses. They particularly felt that indoor
air quality was better and on average their health was
better compared to other respondents.
Wood also has a calming effect on people. Morikawa et
al. [10] write that contact with wood has a decreasing
effect on blood pressure. Grote et al. [11] and Kelz et al.
[12] noted that the use of solid wood in classrooms can
reduce pupils’ stress levels. They found that the heart
rate of examined pupils significantly decreased in solid
wood classrooms. Nyrud et al. [13] has studied wood
utilisation in interiors. In their study, respondents in a
hospital were shown pictures of patient rooms with
different amounts of wood in the interior design. The
respondents tended to prefer patient rooms with
intermediate levels of wood. Broman [14] has shown
that it is important to avoid creating disharmony when
composing a wooden surface. For example not too many
knots should occur in the wooden surfaces used in
interiors. However, knots are not only a negative thing
according to Nakamura & Kondo [15]. They state that
knots are the remains of branches in a tree trunk and thus
evidence that the wood came from a living tree, which is
seen as a positive phenomenon.
2.2 MOISTURE BUFFERING OF WOOD
Indoor air humidity influences several factors affecting
human health, e.g. the growth of bacteria, viruses, fungi
and mites that can harm the everyday living of people
[16]. The relative humidity in a good indoor air climate
remains between 25–45% in Finland during winter and
should stay below 60% during summer [17]. Most of the
organisms negatively affecting health do not live in this
optimum zone. Wood is a hygroscopic material with the
ability to moderate indoor air moisture variations. Skaar
[18] states that wood moisture content always tries to be
in equilibrium with the atmospheric moisture of its
immediate environment. This moisture buffering can be
used indoors to minimise the daily peak variations of the
relative humidity of the air [19]. Several things affect the
indoor moisture buffering capacity: furnishing, furniture,
coatings and different materials [17]. The efficiency of
moisture buffering properties depends on the material
combinations and coating of the wooden material, and of
course on surface area and material thickness. Koponen
[17] has classified materials based on their ability to
moderate the daily variation of indoor air humidity, and
uncoated pine solid wood had the best result in his study.
Some painted wooden surfaces had an equally good
moisture buffering capacity as uncoated surfaces.
Hameury [20] has shown that treatment with waterborne
alkali silicate paint applied to Scots pine actually
increases the moisture buffering value.
2.3 VOC’S AND THE ANTIBACTERIAL
PROPERTIES OF WOOD
All building materials emit something, including wood.
Volatileorganic compounds (VOCs) include both
human-made and naturally occurring chemical
compounds, meaning particles/compounds emitted from

the material itself, and not e.g. dust. These VOCs are
called emissions [21]. Wood consists of organic
compounds called extractives. The amount and
composition of extractive organic compounds in wood
depend on tree species, time of year, tree genetics and
age, and vary within individual plants [22]. Wood
extractives are used e.g. in many medical products and
by the perfume industry [23]. They also influence the
indoor air we breathe. [24] writes that people feel that
the indoor air quality is better in wooden houses than in
other housing types. Higher terpene concentrations have
been measured in these very buildings and it is known
that terpenes and aldehydes are the most common
emissions from Nordic wood species. Wood, and
especially pine heartwood, has been shown to have
antibacterial properties. Pine is found to be very suitable
in situations where there is a risk of contamination from
food [25]. This phenomenon is not well known, but one
of the most important factors behind the antibacteriality
of pine is the presence of wood extractives. [26-28].

3 BUILDING WITH LOGS IN FINLAND
Traditional Finnish wood construction is based on the
use of logs. Though the dominant position of log
construction in Finland ended in the first decades of the
20th century, when the timber frame structure was
imported, Finnish log construction experienced a new
coming in the 1950s when log cabins began to be
manufactured industrially according to Heikkilä [29].
Log houses have been used especially as leisure-time
houses and it has been difficult for the log house industry
to spread into towns [30]. One reason is that logs are
considered a dull material in Finland. According to
Tuuva-Hongisto [31], the only exception to this is
leisure-time housing and building with wood is often
connected to nature and considered a counterbalance for
living in the city.

4 SENIOR CITIZENS
Ageing is not only a population phenomenon but also an
individual reality and experience [32]. While 25% of an
individual’s age is accounted for by genetics, an
estimated 75% is due to environmental conditions. A
persons age alone does not determine how they will
continue to age. Ageing is a unique characteristic for
every generation and also depends largely on the time
and environment we live in [33]. Ageing usually means
retiring, when the rhythms of everyday (working) life
easily disappear, as also do the opportunies for social
contact while physical mobility concurrently decreases
[34-35]. In other words, ageing means giving up many
things, and the living environment of senior citizens
should therefore offer a platform for communication and
recreation.
What kind of environment can then be said to support
good life. Dahlström and Minkkinen [3] write that it is
an environment that appreciates the life experiences of
its inhabitants, takes into account their needs and
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resources, supports their independent initiative and
offers social support but also enough privacy. It has to be
remembered that a senior inhabitant is a considering
subject that has important knowledge concerning their
own living environment [36]. The ability to adjust
quickly to a new environment slows down during
ageing, as does the ability of reading information from
your surroundings [37].
A senior citizen is a person that has retired and is at least
65 years old, but still lives independently [38].
Feddersen and Lüdthe [34] state that rather than waiting
until they became dependent on help senior citizens
nowadays look ahead, actively seeking ways of living
that are more appropriate to their needs as they grow
older. Seniors are individuals and want to be treated
individually [2].
Senior housing usually means a private owner-occupied
or rented living conventional apartment house that has
been allocated to a person with a certain age. The idea is
that the ageing individual moves into a senior apartment
while still living independently. Because senior houses
have been designed taking accessibility into
consideration, the apartments can later be changed to
meet the needs of the ageing inhabitant [35, 38].
4.1 SENIOR CITIZENS IN FINLAND
The Finnish post-war generation born during 1946–1950
has now reached the senior age, and this means that the
Finnish population is ageing rapidly [5]. Tikka [39]
states that Finland, as many other Western countries, is
facing a situation where old people are no longer old in
the traditional meaning of the word. As a group, these
seniors are healthier than ever before and each
generation since the 1980s has been so. Seniors are also
used to a high standard of living and many of them
additionally want to enjoy their lives and also have
money to spend [35, 39, 40]. Accessibility problems in
apartments, such as the lack of lifts in confined rooms in
the apartments, are issues that make living normal lives
difficult for seniors. This is why the demand for purposebuilt apartments for senior citizens will increase in the
next twenty years.

5 TRENDS IN SENIOR HOUSING

project has been atypical because the contractors of the
house are the seniors themselves. Loppukiri uses the
Swedish Färdnäppen as its model. Loppukiri is a resident
community for ageing people, a “self-service house”
where all services are produced by the inhabitants
themselves. The house consists of common facilities
(kitchen, library, gym etc.) and modern apartments of
36–80 square meters. The seniors describe that the key
words for their living in Loppukiri is joy and enthusiasm
[3].

6 LOCATION OF SENIOR HOUSING
The architectural responsibility for designing for an
elderly person is the same as when designing an
environment for anyone else. The environment of the
elderly should therefore differ as little as possible from a
normal environment. The limitation problems brought by
ageing have to naturally be taken into account in the
design [40]. The surrounding environment is emphasised
when mobility is restricted. The degree of accessibility
of the residential area, distances to services as well as the
transport arrangements define the opportunities of
independent living. Taking care of their own everyday
happenings at home and outside is very important
because most elderly get their exercise through these
chores [37]. Events, stimulation, chores and things to
follow occur in a good environment [35, 42, 43]. Such
an environment is also appropriate for different kinds of
groups of people [44].

7 THE CONCEPT
Senior housing is changing, as housing on the whole has
become a way for expressing and creating the own
identity [45]. Facilities and services need to focus and
specialize on certain types of residents or habitants.
Segmentation should be based on senior residents’
needs, not only age.
When going through literature a vision of the senior
house concept started to form. What is needed is a
flexible concept that can be modified depending on the
amount of habitants, their interest and the location of the
building. A concept that takes into account all things
seniors need in their everyday life (Figure 1).

A pioneering senior housing project Färdknäppen was
concurrently launched in Sweden. The idea was that
after the age of 40 one was permitted to move into the
house, and each resident fulfils their own share in the
everyday life according to their individual capabilities.
They have their own apartments, but also large common
facilities [41].
Senior houses as independent living facilities are a quite
new business idea attleast in Finland. Assisted living
facilities and institutional care are the usual solutions
when seniors are incapable of living on their own any
longer. A pioneering senior housing project in Finland
has been the “Loppukiri” house in Helsinki. The entire

Figure 1: The main themes of the concept.
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The heart of the concept is a basic block that takes three
different forms (Figure 2). Depending on the needs of
the habitants and the surrounding buildings, the basic
block can be connected together in many different ways.

7.2 COMMUNAL HOUSE
When combining the apartments, a model of communal
housing can be created (Figure 4). In this model, the
habitants have their own private apartments with balcony
but also common areas and courtyard. Because senior
citizens spend a lot of time at home, plenty of time is
also spent in common areas [46]. Therefore common
areas are located in both pass-through and peaceful
spaces. The right-angled co-ordinates support navigation
in the building.

Figure 4: The living Connecting different shapes of the basic
blocks create variety in the facade of the communal house.
Figure 2: A basic block taking three different shapes can be
connected in different ways.

7.1 APARTMENTS
In the simplest example, the basic block functions as a
detached house. The house has been designed taking into
account both accessibility and safety and comfort that is
emphasized in the homes of elderly. Older people often
start to build up a “control center” in their homes, a spot
where all the important things such as food, drugs, rest
and small items are near [36]. In the detached block
presented (Figure 3) all these functions are near to each
other.

7.3 FLOOR PLAN - COMMUNAL HOUSE
The architecture is based on functionality, home-like
atmosphere and the idiom that log as a material creates.
The common areas can be remodelled depending on the
interests of the habitants. Some might want a gym,
others a soundproof room for playing music. The plan
can also be remodeled based on the needs of different
cultures. Sheltered courtyard in the middle, where it is
easy and quick access from one’s front door. The closed
courtyard is also safe for demented (Figure 5).

Figure 3: The living room is designed for spending more and more time taking naps, listening to radio, watching tv, using computer.
Connections to the bathroom and kitchen are very important, not to forget the views outside. The balcony enables fresh air and own
garden increase liveliness. In the kitchen accessibility supports independent living. It is easy to slide the plate from the kitchenette to
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the dinner table. The bathroom is a good place for doing morning exercise. Supporting hand grips and accessibility planning make
everyday life easier.

7.4 FUNCTIONS
Elderly feel refreshed when they are able to follow what
is happening in their surroundings and that is why
attention has been paid to the views and openness. They
also prefer sitting in places where they can control the
surroundings as wide as possible [37]. The courtyard
enables exercise and stimulation. One can circle it both
outside and inside the house and going to the courtyard
has been made effortless. Stairs, walking paths and
nature activate the habitants and the courtyard also
enables people to meet each other.

Figure 5: The corridor circulating the yard can also be
considered as a part of the yard. The corridor enables exercise
in a park like environment even in bad weather. Spacious
common areas provide good opportunities for monitoring the
environment.

The concept can also be used to compact the existing
building stock and the layouts take shapes depending on
the form of plots and cardinal points. All the services are
located in the central building but the habitants of the
“satellite houses” are free to use them also. Even thought
the shapes of the buildings and plots vary, the main idea
of common rooms as the heart of the building remains.
Different shapes of the blocks can be used to adapt the
building better to the surroundings.
7.5 GARDEN
Planning rehabilitative environments is useful for special
groups because they have positive influence on people
with dementia for example [47]. The following things
are important

... scents of the garden, colors, plants, walking paths,
lighting,
... plants that create sounds when it is windy, protect
against the wind, binds dust,
... garden for senses that bring back old memories
(Figures 6 and 7).

Figure 6: The courtyard enables exercise and stimulation.

7.6 NON-SETTLING LOG
The settling of logs has been one of the specialities of
the log material, but it has also limited log architecture.
The Finnish manufacturer Honkarakenne has introduced
a massive wood wall structure that does not live or settle.
The non-settling log is made of pine and is manufactured
from six sections that are laminated in a crosswise
manner. Gluing the parts minimizes log twisting and
cracking. One of the advantages of this product is that
other materials, such as stone, steel and glass, can be
combined with the wood frame [48]. In the concept
presented, 3-layer aspen shingles had designed as an
exterior material (Figure 8).
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Figure 7: The structure provides sunny and shading places for the habitants.

Although housing has been observed only from the
senior citizen point of view, this kind of concept could
be applied to all forms of supported housing. Senior
housing concepts develop all the time. A currently
popular new idea is family care, where the elderly
persons live as a “family” together and have their own
nurse look after them. The concept presented in this
study could also easily be adapted to this kind of
housing.
In addition to that wood feels warm, natural and
pleasant, living in a wooden house is a bit like living
surrounded by nature. Using wood in buildings is always
a small adventure beginning from the designing process,
but so is living too. Wood is an honest material. It lives
and ages like people do. I believe that is why log
structures and seniors match so well.

ACKNOWLEDGEMENT

I want to thank professor Jouni Koiso- Kanttila, architect
Tanja Rytkönen-Romppanen and architect Sara Siivonen
for all their valuable comments.

REFERENCES

Figure 8: Structure of the wall:(1) Aspen, 3-layer shingles at
interwalls of 150 mm, free width 90-150 mm, screw
attachment, (2) Bitumen, (3) 38 mm Boards 38 x 100, (4) 75
mm Ventilation joists 50 x 75 at interwalls of 600, (5) 30 mm
Wind shield board, miner wool 30, (6) 185 mm Beam 50 x 130
at interwalls of 600 + mineral wool 130, (7) Steam stop, (8)
128 mm non-settling log

8 CONCLUSIONS
The aim of this study was to develop a healthy living
environment where senior citizens feel at home.

[1] Li, H., and Tracy, M. B. 1999. Family support,
financial needs, and health care needs of rural
elderly in China: A field study. Journal of crosscultural gerontology. 14(4):357-371.
[2] Sorri, L. 2006. Suitability for seniors of apartment
buildings built between the 1950’s and 1980’s.
(1950-1980-lukujen asuinkerrostalojen soveltuvuus
senioriasumiseen). University of Oulu. Report A35.
120 p. (In Finnish)
[3] Dahlström, M., & Minkkinen, S. 2009. Loppukiri.
Alternative Senior Age Living. (Loppukiri.
Vaihtoehtoista
asumista
seniori-iässä).
WS
Bookwell Oy, Juva. 233 p. (In Finnish)
[4] Revet, M. 2000. Seniors in the Netherlands: living
well cared for and without worries about care. In: S.
Winters Lifetime Housing in Europe. Proceedings of
the “European Seminar and Colloquium Living
Tomorrow Starts Today”. Leuven. pp. 4-5.
[5] Tyvimaa, T. 2010. Developing and Investing in
senior houses in Finland. Doctoral Thesis. Tampere
University of Technology. Publication 939. 65 p.
[6] Rametsteiner, E., Oberwimmer, R. & Gschwandtl, I
. 2007. Europeans and Wood: What Do Europeans
Think about Wood and Its Uses: a Review of
Consumer and Business Surveys in Europe.
Ministerial Conference on the Protection of Forests
in Europe. Liaison Unit Warsaw. 67 p.
[7] Nyrud, A. Q. & Bringslimark, T. 2012. Experiences
of wooden interiors. (Opplevelse av trematerialer i
innemiljø). Fokus på tre, 54. (In Norwegian).
[8] Rice, J., Kozak, R. A., Meitner, M. J., & Cohen, D.
H. 2006. Appearance wood products and

WCTE 2016 e-book | 6154

psychological well-being. Wood and fiber science.
38(4):644-659.
[9] Anttila, M., Pekkonen, M., & HaverinenShaughnessy, U. 2012. Housing health and
satisfaction in log-frame houses. Report based on
Altti survey (Asumisterveys ja -tyytyväisyys
hirsitalossa Altti-tutkimukseen perustuva selvitys).
National Institute for Health and Welfare (THL).
Report 65/2012. 69 p. Helsinki. (In Finnish)
[10] Morikawa, T., Miyazaki, Y. & Kobayashi, S. 1998.
Time-series variations of blood pressure due to
contact with wood. Journal of wood science.
44(6):495-497.
[11] Grote, V., Kelz, C., Eibel, K., Jimenez, P.,
Reitbauer, J. & Moser, M. 2012. Optimizing Health
Effect
by
Biologic
Interior
Materials
(Gesundheitliche Auswirkungen baubiologisch
optimierter
Innenräume).
Tagung
der
Österreichischen Gesellschaft für Psychologie.
Conference Apr 12-14, 2012. Graz, Austria. pp.
Available:
223-224.
http://www.resowi.at/Tagungsband_OeGP.pdf (10
July 2014). (In German)
[12] Kelz, C., Grote, V. & Moser, M. 2011. Interior
wood use in classrooms reduces pupils’ stress
levels. Proceedings of the 9th Biennial Conference
on Environmental Psychology. 9th Biennial
Conference on Environmental Psychology. Sep 2628 2011, Eindhoven, Netherlands. Available:
http://proceedings.envpsych2011.eu/files/doc/342.p
df (10 July 2014)
[13] Nyrud, A. Q., Bringslimark, T., & Bysheim, K.
2013. Benefits from wood interior in a hospital
room: a preference study. Architectural Science
Review. 57(2):125-131.
[14] Broman, N. O. 2001. Aesthetic properties in knotty
wood surfaces and their connection with people’s
preferences. Journal of wood science, 47(3): 192198.
[15] Nakamura, M. & Kondo, T. 2008. Quantification of
visual inducement of knots by eye-tracking. J. of
wood science. 54(1):22-27.
[16] Kokko, E. 2004. Improving the Indoor Air Humidity
Conditions with Wood (Sisäilman kosteusolojen
parantaminen puurakenteilla). Wood Focus Oy. 70
p.
[17] Koponen, S. 2004. Moisture transfer interaction
between wood products and indoor air. In:
Proceedings of the 8th World Conference on Timber
Engineering, Lahti, Finland, 14-17 June, Vol. III.
pp. 529-532.
[18] Skaar, C. 1988. Wood-water relations. SpringerVerlag.
[19] Svennberg, K., Hedegaard, L. & Rode, C. 2004.
Moisture Buffer Performance of a Fully Furnished
Room. Published in the Proceedings of the 9th
International Conference on Performance of the
Exterior Envelopes of Whole Buildings. Clearwater
Beach, FL, USA.
[20] Hameyry, S. 2007. Influence of coating system on
the moisture buffering capasity of panels of Pinus

sylvestris L. Wood Material Science and
Engineering 2(2007); 3-4. pp. 97-105
[21] Ohlmayer, M. 2009. Lecture in Department of
Forest Product Technology, Helsinki University of
Technology. March 2009.
[22] Granström, K. 2005. Emissions of volatile organic
compounds from wood. Doctoral thesis. Department
of Environmental and Energy Systems. University
of Karlstad. 54 p.
[23] Roffael, E. 2006. Volatile organic compounds and
formaldehyde in nature, wood and wood based
panels. Holz als Roh- und Werkstoff. 64(2):144149.
[24] Järnsröm, H. 2011. VOC emissions from wooden
products. Lecture on course Integrated Interior
Wooden surfaces 2.2.2011 at Aalto University
Department of Forest Products Technology.
[25] Boursillon, D. & Riethmüller, V. 2007. The safety
of wooden cutting boards. Br Food Journal,
109:315-322.
[26] Milling, A., Kehr, R., Wulf, A., & Smalla, K. 2005.
Survival of bacteria on wood and plastic particles:
Dependence on wood species and environmental
conditions. Holzforschung. 59(1):72-81.
[27] Sipponen, A., Rautio, M., Jokinen, J. J., Laakso, T.,
Saranpaa, P. & Lohi, J. 2007. Resin-Salve from
Norway Spruce-A Potential Method to Treat
Infected Chronic Skin Ulcers?. Drug metabolism
letters. 1(2): 143-145.
[28] Vainio-Kaila, T., Kyyhkynen, A., Viitaniemi, P., &
Siitonen, A. 2011. Pine heartwood and glass
surfaces: easy method to test the fate of bacterial
contamination. European Journal of Wood and
Wood Products. 69(3):391-395.
[29] Heikkilä, J., & Finland, O. 2004. In Search of Urban
Log Architecture. In: Proceedings of the 8th World
Conference on Timber Engineering, WCTE 2004.
June 14-17, 2004, Lahti, Finland. Vol. 3, pp. 33-38.
[30] Heikkilä, J., & Suikkari, R. 2002. Log structures in
Finnish architecture–Continuing the tradition.
Ariadne Workshop 11: Historic Structure. Advanced
Research
Centre
for
Cultural
Heritage.
Interdisciplinary
Projects
ARCCHIP.
http://www.arcchip.cz/w11/w11_heikkila.pdf
[31] Tuuva-Hongisto, S. 2010. Living and building with
wood – view of the end users. (Puu asumisessa–
kuluttajanäkökulma puurakentamiseen). Forest
Foresight Unit. 58 p. (In Finnish)
[32] Fernández-Ballesteros, R., Robine, J. M., Walker,
A., & Kalache, A. 2013. Active aging: A global
goal. Current gerontology and geriatrics research.
[33] Karisto A. 2004. Third Age – A New View to the
Ageing (Kolmas ikä – Uusi näkemys väestön
ikääntymiseen). In: Ikääntyminen voimavarana.
Tulevaisuusselonteon liiteraportti 5. Publication of
the Council of State 33/2004, Helsinki. 202 p.(In
Finnish)
[34] Feddersen, E., & Lüdtke, I. 2009. Living for the
elderly: a design manual. Birkhäuser Verlag AG.
247 pp.
[35] Özer-Kemppainen, Ö. 2005. Present state, progress
and possibilities in senior housing. (Senioriasumisen

WCTE 2016 e-book | 6155

nykytila,
kehitystarpeet
ja
mahdollisuudet).
Department of Architecture. University of Oulu.
Publication A32. 65 p.
[36] Keiski, S. L. 1998. Wonderland of Ageing:
Comparison Research of Experiences of Ageing in
Different Kitchens. (Ikääntymisen ihmemaa:
vertailututkimus
vanhusten
kokemuksista
standardikotikeittiössä,
koekeittiössä
ja
käyttäjälähtöisesti suunnitellussa kotikeittiössä).
Doctoral thesis. Publication of the School of Art and
Design. 328 p. (In Finnish)
[37] Verma, I. 2008. Living and care environments of
demented.
(Dementiaoireisten
asuin-ja
hoivaympäristöt). Espoo. Sotera. Department of
Architecture. Helsinki University of Technology. 77
p. (In Finnish)
[38] Tuppurainen, Y. 2006. The Senior Living of the
Future. (Tulevaisuuden senioriasuminen, (TSA)–
hanke. Loppuraportti). Department of Architecture.
University of Oulu. Report A37. 222 p. (In Finnish)
[39] Tikka, M. 1991. Thoughts about the third age.
(Pohdintoja kolmannesta iästä). Report N:o 67.
University of Jyväskylä. Jyväskylä. (In Finnish)
[40] Kekäläinen, R. & Kotilainen, H. 1987. Do we build
properly for the elderly. (Rakennammeko oikein
vanhusväestölle). Report. Helsinki University of
Technology. Espoo. 63 p. (In Finnish)
[41] William-Olsson, M. 1994. We did an exception Färdknäppen.
(Vi
gjorde
ett
”undantag”.
Färdknäppen, Ett kollektivhus för andra halvan av
livet). Kontakt-Offset AB Stockholm. 25 p. (In
Swedish)
[42] Kukkonen, H., & Lievonen, M. 1986. Living
environment of the elderly in Finland (Vanhusten
asuinympäristöt
Suomessa).
Department
of
Architecture, Report B1. Helsinki University of
Tehcnology. Espoo. 34 p. (In Finnish)
[43] Routio, R. 1989. Bed at home or at institution –
what about supporting living. (Oma koti vai
laitospeti - entä palveluasuminen). Report.
Department of Architecture. Helsinki University of
Technology. 77 p.
[44] Åkerblom, S. & Kahri, E. 1988. Developing the
living of the elderly. (Vanhusten asumisen
kehittäminen). Report 5/88 Otaniemi. Espoo.
[45] Raappana, A. & Tiitta, R. 2008. The trends and
innovations
in
senior
housing.
(Selvitys
senioriasumisen trendeistä ja innovaatioista).
Markprint Oy. Lahti. 42 p.
[46] Aalto, L., Nenonen, S. & Puhto, J. 2010. Usability
rating tool for senior housing – Case Loppukiri
(Senioritalon käytettävyysmittari – Case Loppukiri).
Aalto University, TKK Structural Engineering and
Building Technology Publications B. 80 p. (In
Finnish)
[47] Översti, V. 2013. Rehabilitative garden plan for
demented in Willa Lupiini (Kuntoutusta tukeva
pihasuunnitelma
muistisairaille:
Esimerkkinä
palvelukoti Willa Lupiini). Thesis: Oulu University
of Applied Sciences . 56 +17 p.
[48] Honkarakenne. 2014. Non-settling logs. Available:
http://www.honka.fi/. (20 June 2014).

WCTE 2016 e-book | 6156

WOOD FOR HEALTH CARE AND THERAPEUTIC FACILITIES SECOND GENERATION OF
WOOD PROPERTIES RELATED TO INCREASING OF WELL-BEING
AND PUBLIC HEALTH
Veronika Kotradyová1, Barbora Kaliňáková2, Martin Boleš3
ABSTRACT: Paper deals with features important for creating healthy microclimate in health care and therapeutic
facilities. It presents basic facts about visual, tactile, behavioural, somatic, acoustic and socio-cultural comfort particularly
important for spatial design of these facilities. It sets hypotheses that using wood as phenomena by humanisation of
microenvironment, it is possible to reach high level of complex comfort.
It also shows main disadvantages of using wood in the healthcare and wellness facilities, where belongs particularly more
demanding maintenance to keep the surfaces clean and aseptic and water resistant. For obtaining of mentioned wooden
surface properties, the chemical /artificial finishing is needed. But with chemical finishing there are lost many positive
effects of wood on healthy microclimate. Despite of it there are two hypotheses that are contributing to the statements
that wood is suitable for the healthcare facilities. First is that natural wood without additional chemical finishing has
antibacterial (antimicrobial) effect. And second is that it is possible to provide a surface modification with the aim to
reach the state that wood can be hydrophobic or even superhydrophobic and thus easy to maintain such as adjustment by
plasma or by finishing based on nanotechnologies and biomimetic. The paper presents examples and own tests supporting
these hypotheses.
KEYWORDS: wood, healthcare facilities, therapy, antimicrobial effects, maintenance, surface, finishing,
environmental stress

1 INTRODUCTION 234
Real well-being, in a long term sense, starts with the
quality of the inner space There is a reciprocal relation
between environmental perception / spatial recognition in
a momentary
given environmental setting, social
background/context, and a direct physical interaction with
objects. For every environmental designer it is important
to know the basic facts about visual, tactile, behavioural,
somatic, acoustic and socio-cultural comfort, which is
particularly important for spatial design. To master this
knowledge, it is necessary to adopt a multidisciplinary
approach and to deal with knowledge from social and
medical sciences. It is time to think and act in a
multidisciplinary and transversal way. Applied sciences
like neuroergonomy, environmental ergonomics and
environmental psychology are good examples of this
approach. We need to think in a similar way also in the
design process.
In creating any kind of artificial environment, we have to
consider the fact that the human is a cultural creature and
1

at the same time an animal with a nervous system millions
of years old.
Designing with respect for nature, humanity and material
contributes to the lowering of environmental stresses.
Conscious choices of materials, their forming and surface
finishing for built-in elements and furnishings, play a
crucial role in the well-being of users. In a time of extreme
haste, progress in material engineering is bringing many
new materials, moreover it is particularly important to
understand and respect the pure nature and character of
materials; this is also related to neuroergonomy and body
conscious design with neuroergonomy as the application
of neurosciences into ergonomics, based on the biological
explanations. This approach brings new challenges and
perspectives into the designing process.
To be in a state of visual comfort on first entering any
room, it is necessary to trust, to feel safe, and to consider
the space as affordable and understandable. In this scale
we perceive the space as a whole picture. Here, according
to the Gestalt theory approach, the sum of the single items
is less than the whole complex picture. But if we go closer,
the appearance of single objects already matters more. At
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this level, these properties of visual comfort come into
play:
→ respecting the own-form principle for each material –
shape authenticity
→ inspiration through well-known and functional shapes
and principles from nature
→ sensitive dimensioning the materiality – proportion of
materio vs transparency
→ respecting socio-cultural contexts and semiotics
→ quality and authenticity of surface
Choice of materials has strong impact to presence or
absence of environmental stress which is related to
behaviour, wellbeing in a long term interaction and most
of civilisation diseases in long term interaction. Natural
wood, natural fibres and other growth materials used by
built in elements and furnishings make a large
contribution to the lowering of environmental stress in
any kind of public space. Unfortunately, they are not
traditional materials for the health care environment.
Nowadays when a digital print can create any kind of
imitation of natural material, it is possible to create fake
natural settings. Imitating materials and surfaces create
completely different tactile, olfactory and acoustic
microclimates. It is significant that visual interaction is
more connected and interactive with culture, while the
other human senses are more connected with our inner
instincts. Wood is a domestic and economically strategic
growth material for Central Europe and in the same time
it is a phenomena for humanizing the built-environment,
so we have focused on it in our past research studies.

By all these parameters, roughness is extremely important
for the overall feeling of contact comfort and it has direct
relation to the other features. In 2011/2012 there was
constructed testing chair with exchangeable seat, backrest
and arm rest at BOKU in Vienna and there were tested 12
different materials usually used by sitting furniture
whereas there was spruce and beech each in 3 different
surface finishing and lacquered thin beech plywood .If we
compare the finishing of different wood materials, in
general all parameters were evaluated higher with raw
surfaces and lowest with lacquered surfaces. The
Thickness of the material does not play and considerable
role, thus the evaluation of 5 mm thick lacquered plywood
was very similar to solid beech wood board with the same
finishing. In our pilot study we explored them more
deeply and created a methodology on how to get a
feedback from users. When touching some object, feeling
contact comfort is a basic condition for being relaxed and
avoiding irritation and stress
There is a direct linkage to tactile authenticity. From our
past experience, we have certain expectations/ predictions
about the tactile properties of materials and shapes. So
when the contact is about to happen, we approach the
material with certain expectations, and our nervous
system is then irritated and stressed when the interaction
is completely different [13].
We also did our own pilot measurements that have shown
that the more soft, porous and additive-free materials are
used, the better tactile/ contact, acoustic and olfactory
comfort is achieved.

Wood has a strong potential for complex comfort in
microenvironments. Visual contact with wood stimulates
in our brains a feeling of pleasure which was also
clinically confirmed by Japan-Corean research done by
Jin-Hun Sohn (2005) [1], Candian David Fell (2010) or
by contemporary research of Burnard and Kutnar (2015)
[19]. Swedish researchers have also done a number of
studies about the aesthetic performance of wood,
especially about user preferences (Broman, 2000) [2].
Still, one of the underestimated senses by environmental
perception is touch. During the research project,
Interaction of Man and Wood at IHF, BOKU in Vienna,
there was investigated in depth the tactile interaction, and
since then we used the term ‘contact comfort’ to express
the state of body and mind during the interaction. After
considering the complexity of contact comfort we suggest
to set the following parameters or indicators for
expressing the feeling of contact comfort: thermal
comfort related to thermal conductivity, effusivity and
thermal contact conductance of the surface, roughness of
surface, hardness of surface including the elasticity of the
supporting material layer, sorption activity of the surface
in terms of absorbing the external moisture (e.g. sweat or
humidity of air/its condensates), having control over body
position, possibilities of maintenance connected with
cultural background of users, individual mental and
physical setting that creates overall feeling of comfort.
One can express most of them by measurable parameters
and all of them by subjective references of respondents.

Figure 1: Testing af tactile preferences dealing the roughness
of solid oak surfaces, Photo: Veronika Kotradyova
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As it was already mentioned roughness of surface plays
crucial role here thus it has direct impact to all other
parameters of contact comfort, but also to visual, acoustic
and behavioural comfort.
Presence or absence of surface finishing of otherwise
naturally rough material changes the interaction of
material environment and human being. The rougher
surface is the higher thermal comfort it is possible to
achieve by the direct interaction. In our tests by evaluation
of the same material with different kind of finishing, less
contact comfort it is felt by high glance lacquered surface
finishing, higher comfort is felt by oiled/lacquered
surfaces and in our test the best rating by respondents was
achieved by raw surfaces with no finishing.
By one of the tactile tests we did one experiment by
testing the preferences of roughness of solid oak surfaces
(Fig.1) There were presented 5 categories of roughnessfrom smooth one to the deep rough brushed surface. The
test on 60 respondents have shown that the medium rough
was considered to be the most pleasant to touch and to see
as well, but on the question “Which surface would you use
for your kitchen working desk?” the respondents have
preferred the completely smooth one with the chemical
finishing. This also shows the most problematic part of
interaction between man and wood – performance
comfort.

Figure 3: Different interaction between standard fluids in the
kitchen- red wine, coffee, coke and kitchen oil with the wooden
surface with no finishing, flax oil finishing and synthetic
lacquer, demonstration photos of company Adler to show
carpenters and user the consequences that is good to be aware
of [11]

Figure 2: Interaction of moisture, soap and brushed solid
spruce wood surface leads mostly to the visual discomfort,
Photo: Veronika Kotradyova

Point of conflict arise between roughness and possibilities
of maintenance together with visual comfort in wet way
which is preferred in western culture thus the more rough
surface it, the more it complicated to keep the surface
visually clean and without stains creating a specific patina
(Fig. 2, 3).
Concerning wood, from our study we can state that
preferences of the pure generated wood colour are
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remarkably lower than the natural appearance of a wood
surface combining colour and texture. Wood texture in
greyscale appearance is appealing to respondents in a
positive way. We can conclude therefore, that the
aesthetic performance of wood is significantly influenced
by texture.
To use the aesthetic appeal and regenerative potential of
wood texture at the contemporary building and interior
furnishing market there is a strong tendency to use surface
finishing imitating wooden texture and colour, at ceramic
tiles, PVC or vinyl flooring or standard wood based
panels. This imitation trend brings a „New authenticity“
that contributes to rapid moral obsolence. For wood
industry based on solid wood products it is hard to
compete with price, what they can offer is an authentic
experience and human friendly approach.
Important fact is that excessive hygiene and use of
cleaning agents do not only result in an increase of
allergies to chemicals and lowering of natural human
imunity, but it also raises concerns about possible
bacterial resistance to antibiotics. For example Triclosan
is a widely used biocide that is considered as an effective
antimicrobial agent against different microorganisms. It is
included in many consumer and personal health-care
products like soaps, deodorants, toothpaste, shaving
creams, mouthwashes and detergents. The association
between triclosan and increasing of bacterial resistance
was confirmed by many studies. [15] [16]

2 WOOD IN THE HEALTH CARE AND
THERAPEUTIC FACILITIES
One main disadvantage of using wood in high
performance areas is the more demanding maintenance to
keep the surfaces visually and objectively clean and in a
good physical state (plus the initial costs by
implementation of solid wood are usually higher). To
prevent these problems, highly resistant chemical
/artificial finishing is needed. Although with chemical
finishing many of the positive effects of wood and other
natural materials for a healthy microclimate are lost, there
do exist solution on how to avoid it.

important for the antimicrobial behaviour of wood are the
essential extractives then the anatomical structure of
wood. Despite of it, every wood, even the poplar and
similar soft woods have higher antimicrobial behaviour
then plastics, metal and glazed ceramics, thanks to the
moisture management – removal of moisture from the
interface between wood and bacteria.
Second hypothesis is that it is possible to provide a surface
modification with the aim to reach the state that wood can
be hydrophobic or even superhydrophobic and thus easy
to maintain such as adjustment by plasma. We have also
set the hypothesis that plasma sterilizes wood surface
during the treatment and immediately afterward and that
the wooden surfaces after plasmatic modification will
keep the same antimicrobial features.

3 RESULTS OF TESTS
In the beginning of investigation the antimicrobial effects
of wood, to support the first hypothesis, we did also own
experiment with the interest to show, how the chemical
finishing changes the interaction between wood and
bacteria. We have executed microbiological tests done on
different wood surfaces with or without finishing and on
the laminated practical board. There was chosen
Staphylococcus aureus as most usual bacteria in public
and healthcare facilities. Wooden blocks were inoculated
with bacterial culture and kept at room temperature and
humidity. At intervals (immediately and next day),
surfaces of blocks were wiped by swabs and bacterial cells
from swabs were extracted by saline solution and
vigorous stirring. Serial dilutions were plated onto
appropriate solid growth medium and numbers of viable
Staphylococcus aureus (as colony forming units; CFU)
were counted after cultivation period of 48 h at 37°C. The
results are shown in Table 1.
Table 1: The number of viable Staphylococcus aureus
cells present on the different surfaces expressed by a
logarithmic number of colony forming units (log CFU).
Blocks

Time
0 hour

20 hour

There are two hypotheses: First is that natural wood
without additional chemical finishing has antibacterial
(antimicrobial) effect. It happens thanks to the presence of
natural substances (e.g. polyphenols and essential oils)
especially by pine and oak with high content of tannins
and also thanks to the wood anatomy that does not provide
fruitful environment for further growth microorganisms
and does remove the water needed by the bacteria for their
vital function and multiplication and thus will kill them
[4],[5],[6].This is valid for any kind of mechanical
treatment of wood (planed, sawn, brushed, round or
smoothened sinishing).

Laminated particle board

7,43

7,11

Pine board

6,56

2,95

Pine board finishing with
oil-wax

7,39

6,78

Pine board finishing with
acrylic lacquer

7,42

7,20

Oak board

3,76

2,34

Oak board finishing with
oil-wax

7,41

3,57

These phenomena is verified by many other studies,
dealing with so called hygienic wood that is the pine
heartwood suitable for contact with food and human body
by wellness activities [7], but also with the other wood
species [8],[9],[10]. These analyses show that the more

Oak board finishing with
acrylic lacquer

7,32

6,72

The decrease in bacterial numbers on the surface was
strongly dependent on the absorption capacity of the
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material. With initial inoculum size of 108 CFU, less than
50% of Staphylococcus aureus cells could be recovered
from the untreated oak board surface immediately after
application. Similarly, the noticeable decrease of viable
cells was observed in the case of the untreated pine wood
surface.
On the surfaces which did not allow the absorption of
cells, the tested bacteria were detectable for the longest
time, e.g. laminated particle board and pine or oak board
finishing with acrylic lacquer were providing conditions
for the best survival of the Staphylococcus aureus cells.

4 CASE STUDIES
There were done couple of studies related to the public
buildings like schools, but also for the health care
facilities. To make changes in the standards and to
destroy prejudices of contemporary “hygienic” culture, it
is necessary to find the gaps in the standards and to start
to experiment with wood in the real hospitals, ambulances
and therapeutic environment.

This means that the chemically untreated oak wood and
pine wood works like better antimicrobial agent then the
oiled and lacquered wood surface. If we compare the oil
and lacquer, the oiled surface had better antimicrobial
effect.

Figure 4: Survival of the bacteria on the surface of pine block
at 0, 5 and 20 hours, Photo: Barbora Kaliňáková

To support the second hypothesis, for testing of plasma
sterilization effect was used apparatus Kamea Elektron
T600 generating atmospheric low temperature plasma
with runaway electrons – ADRE plasma. The result was
Plasma sterilizes wood surface during the treatment and
immediately afterward, however didn't prove long-term
sterilizing effect so far. Surface plasma treatment –
increasing of hydrophobicity (the same situation like by
using of lack, oil) increases the survival of bacteria in
comparison with raw natural wood, but makes it possible
to use antimicrobial substances like an additional surface
finishing.
That is why our contemporary investigation of the
superhydrophobic behaviour of wood is based on
nanotechnologies and biomimetic. In the more broad team
of researchers we are developing right now the
superhydrophobic surface finishing of wood by
depositing nanowax n-hexatriacontane onto it. It is
possible to achieve superhydrophobic surface behavior in
the case of larch and oak, resp. a highly hydrophobic
surface in the case of pine. The self-assembly process
decreases wettability (increases hydrophobicity), while
during the self-assembly process, an increase of the
contact angle from 5° to 12° depending on the specie and
surface roughness can be observed.
Now in this phase the antimicrobial behaviour will be
investigated.

Figure 5: Original state in the waiting area in the National
Oncological Institute in Bratislava, Photo: Veronika
Kotradyova

Within our research project “Interaction of Man and
Wood” there are planned and step by step executed couple
of studies related to the health care facilities in years
2015-2016. In this moment there is planned an
investigation in one of the waiting areas of National
Institute for Oncology in Bratislava (NOU) and in a

WCTE 2016 e-book | 6161

psychiatric of Policlinic Ružinov in Bratislava. In the
spring and summer 2016 there have started the case study
in the NOU like a evidence –based design (EBD).

the regenerative environment made of natural materials,
lowering the environmental stress and the stress from the
illness itself.
This study has to demonstrate “in situ” the fact that wood
is suitable material at least for the less demanding areas
and the intensive cleaning is not necessary.
The main idea was to use wood in its raw and simple
form- the planed timber. Wooden timber is used for sitting
area and wall and ceiling panelling and cladding from pine
and larch timber. For sitting element is used larch, thus
the resin contained in pine can cause problems with gluing
and destroying the cloths of sitting persons. Thus pine has
the strongest olfactory potential by pleasant smell, it will
be used at other big volumes with no direct contact with
human body. Somatic and contact comfort with softening
of sitting will be procured by wool felt removable
cushioning.
To explore the subjective opinions and preferences there
was done a questionnaire dealing with the preferences
for the waiting area layout of the future design. Also the
documentation of measurable parameters of
microclimate was done before the reconstruction works
have started to see the difference after the intervention.
There have measured VOC emissions (in cooperation
with Cooperation centre WOOD K plus Vienna) and the
microbiological quality of air and the surfaces of the
furnishing elements and floor (in cooperation with
Faculty of Chemical and Food Technology, STU
Bratislava) to see if the implementation of wood into the
built-environment made some difference in the followed
parameters. The goal is to document the previous state of
microclimate conditions to have a chance to justify the
solid wood implementation in this kind of facilities.

Figure 6: Study of the foyer of National Oncological Institute
in Bratislava, authors: Martin Boleš and Veronika Kotradyová

Oncological illnesses like the most emerging civilisation
illnesses are connected with the strong physiological and
mental load, with a lot of additional time spent in the
ambulance treatment. That is why especially in the
waiting areas and corridors there a real reason to create

The microbiological quality of air at areas has been
evaluated by culture settling plate technique, also known
as sedimentation technique. There were determined 30
colony forming units on the agar plate with diameter of 90
mm after 1 hour exposure. The conventional swabbing
technique has been used in the determination of the
present microorganisms on the surfaces of furniture and
floors in the areas. More than 15 colony forming units per
1 cm2 were present on the seats, table with magazines and
floor. Results are recommended to evaluate on the basis
of IMA index (Index of Microbial Air Contamination).
IMA index represents the number of CFU (Colony
Forming Unit) grown on a culture medium in a petri dish
(diameter of 9 cm), which was exposed to a surrounding
air for 1 hour in the distance of 1 meter from the floor and
walls. Microbial air quality is assessed according to five
levels: "very good" (1st class), "good", "average", "weak"
and "very weak" (5th class). There were determined 30 56 CFU per 1 dm2 per 1 hour, corresponding to an
average or weak microbial air quality.
The conventional swabbing technique has been used in
the determination of the present microorganisms on the
surfaces of furniture and floors in the areas. Using swab,
an area of 100 cm2 is wiped and counts of viable cells are
determined after cultivation (CFU). The standard
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recommends a quantitative aerobic colony count of < 5
CFU per cm2 on frequent hand touch surfaces in
hospitals. More than 15 CFU per 1 cm2 were present on
the surfaces of seats, table with magazines and floor in the
Waiting area of National Institute for Oncology in
Bratislava.
After implementation of the wooden elements in the first
part of foyer in June 2016 will be done the same tests in
the new wooden layout – more regenerative
environmental setting (Fig. 6). There will be incorporated
also testing areas of plain raw surfaces and also the
surfaces with the superhydrophobic finishing.

5 CONCLUSIONS
Wood is the suitable material for health care facilities in
term of supporting the feeling of complex comfort. It
happens thanks to its natural visual appeal connected with
pleasant responses of our nervous system, high contact
comfort, and positive contribution to acoustic wellbeing
and in its raw state also by the pleasant smells. Moreover
body conscious choice of material contributes
significantly to overall microclimate of a space and
reduction of environmental stress. Possibilities of
maintenance as part of contact comfort plays important
role especially in the spaces with intensive performance
and higher demand of hygiene. Studies about antibacterial
activity of wood together with results of our own
microbiological test show that wood, as a natural material,
does not support growth and reproduction of bacteria,
quite the opposite, bacterial survival ability on the
wooden surface decreases in the time. It appears that the
wooden surface (floor, furniture) may be suitable in an
environment with a higher amount of bacteria such as
health care facilities – in clinics or surgeries, bed sections
and waiting areas.
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ABSTRACT
structure wass made of woo
od with the strraw infill wallls. The house has a reinforcced concrete bbasement area buried below
w
the ground leevel. The plan
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9 m. The usable
u
floor arrea is 260 m2. All joints off
the wooden structure
s
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m
using staandard sheet metal
m
clips an
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h
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and accordin
ng to what itss users say, it
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1 INTRO
This paper presents all thee details (from
m the architecttural
d finishing construction staages)
idea to staticc analysis and
of a single-family housse built with
h a load-beaaring
w infill walls.
wooden struccture and straw
The basemen
nt area, burieed below the ground leveel, is
made of reinforced concreete.
t walls is abbout
The thicknesss of the layerr of straw in the
35 cm.

2. ARCHIT
TECTURAL
L IDEA AN
ND
SELECTIO
ON OF MAT
TERIALS

Wh
heat straw balles procured ffrom local fieelds in Bistra,,
with
h their size and method of placemen
nt inside thee
beaaring structuree, conditionedd the modular space design
n
and
d the entire structural sysstem. The baale sizes aree
90x
x35x50 cm, innstalled in suchh a way as to ensure 35 cm
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ulation layer in the lightw
weight wall structure.
s
Alll
stru
uctural elements and opennings within the externall
wallls are designeed in the mannner providing
g the simplestt
posssible installattion of the innsulation elem
ments – straw
w
balees, without much
m
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g
(fig
gure 1).

The family house
h
made off wood and strraw is locatedd in a
rural area off the municipaality of Bistraa, within reacch of
the Medvedn
nica Nature Park
P
in the viicinity of Zaggreb.
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contemporary
y design relying on thee local building
tradition and
d the use of heealthy local building
b
materrials.
Luckily, the two were not mutually excclusive. The enntire
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w
construction process and the
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materials.
g in the Hrvaatsko Zagorje area
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is characteriised with thee use of tim
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b
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proves its durability and though unprotected for a
number of years resists all atmospheric changes and bad
weather conditions. During the material purchasing
process, the opportunity arose to procure the acacia
wood from the local forests of Bistra, which additionally
helped our efforts on using easily procurable and healthy
material. The acacia logs were sewn and processed in
local saw mills and carpentry workshops, which
highlighted the social aspect of such way of building,
through the cooperation between the local tradesmen and
architects.

the groove is made of a single 2-m wide TPO foil, with
hidden sewage verticals inside the external walls (figure
4).

Figure 4. Detail of roof structure

Figure 2. Façade lining with acacia planks
The specific external appearance of the house volume
was particularly affected by the designer’s decision to
construct the inverse double-pitched roof, with a groove
at the place where normally the roof ridge is found. Such
designer’s decision came out of the wish to open the
interior as much as possible both visually and spatially
and to connect it with the natural outdoor environment.
The two roof surfaces are opening eastward and
westward, providing a view of the Medvednica Nature
Park forest from one side and far across the fields of
Bistra on the other side (figure 3).

The interior is adapted to contemporary young family
needs. The selected linings highlight the modular and
lightweight structural system. White chipboards on the
external walls and grey plywood on partition walls with
visible joints highlight the structural grid and spatial
dimensions arising from the length and height of the
straw bales (figure 5).

Figure 5. Interior linings

Figure 3. South façade
The roof is designed as a ventilated green pitched roof,
with corrugated fibre-cement boards placed in two
directions. In the system, top board corrugations are
perpendicular to the roof slope and thus supporting the
extensive green roof substrate. For better leakage safety,

Timber is used also in many interior elements. Along the
exterior windows and doors made with laminated 4-layer
acacia frames and 3-layer glazing (designed and made in
cooperation between the architects and a local carpentry
workshop), furniture elements are also made of acacia –
staircase, kitchen island, dining table (figure 6).
Besides the roof, the inversion was applied in the interior
flooring. While the wooden area floors are designed as
an interior continuation of the green meadow – made of
linoleum in uniform green variety, with refreshing effect
on the neutral white and grey interior wall lining boards,
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the bathroom floors are made of acacia planks with
watertight elastic coating (figure 7).

3. MATERIALS AND STRUCTURE
The main part of the house is made of reinforced
concrete reaching 2.8 m below the ground. The
reinforced concrete walls are 20 cm thick, made of
concrete (strength C25/30) and ribbed reinforcement
category B 500B.
A load-bearing structure made of soft wood (European
spruce) was put up from the ground level by means of
the elements with the section of 6/35 cm, strength
category C24 (figure 8). Wood has been preserved in a
traditional way with lime-based coating.
The platform system of wooden structure has been
erected between the ground-floor level and the first floor
which in half of the plan forms the attic part of the house
with a bedroom area. Due to the platform system, the
structure on the ground-floor level need not match the
position of the elements on the first floor. This in turn
resulted in the possibility to build in windows according
to architectural design.

Figure 6. Wooden staircase

Figure 8. Wooden structure construction
The roof part of the structure is made up of rafters with a
cross-section of 10/24 cm on the axial distance of 95 cm.
The rafters are backed by the supporting beams which
are backed by the top parts of the load-bearing walls
(figure 9).

Figure 7. Bathroom wooden flooring

Figure 9. Wooden structure construction
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- dark blue
- light blue

6/35 cm
2 x 6/20 cm

- red
10/24 cm
- green 12/20 cm

Figure 14. Dimension of cross-sections in cm

Figure 18. Transversal stresses SY in kN/cm2
Buckling stability analysis was conducting in 3D model
for two main bearing structure fields.
The analysis results are presented in figure 19. The
principal structural elements are connected in cross
direction by means of OSB boards and thus high lateral
stability and security is yielded FS = 9.5 for maximum
load.

Figure 15. Deformation for maximum load combination
is 14 mm (in the roof structure)

Fig.19. Buckling stability analysis results FS =9.5
Figure 16. Main stresses SX in kN/cm2 (max. -0.59)

5. BUILDING THE STRUCTURE
Straw bales measuring approx. 90 x 35 x 50 cm used as a
thermal infill of the wooden structure dictated the
dimensions and arrangement of wooden columns and
beams. The bales were brought from the local farms
nearby which means that short distance transport
reduced CO2 to a minimum. The material commonly
used in the finishing treatment of the internal wooden
and straw infill walls is usually clay rendering. However,
on this house particle and plywood boards were used.

Figure 17. Sheer stresses TAUXY in kN/cm2

The house was designed by Marina Zajec, the (co)author
of this paper in early 2009 followed by a detailed static
analysis. In autumn 2009 the main load-bearing structure
was constructed. The external wall cladding was made in
early 2010.
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In the middle of its shorter side the structure is recessed
in the roof area which turned up to be the main reason
for strengthening the building at that point due to the
possibility of heavy snow load.
The external cladding was made of acacia planks in view
of increasing the durability of the facade which was
protected only with linseed oil.
Acacia tree, traditionally used in vineyards in this area
was used in the interior design as well – for the kitchen
island, the staircase and the dining table.
The elements which link the interior design with the
external facade cladding are doors and windows. All
openings are woodwork with three-coated glazing, low e
coating and argon infill. Jambs, like the facade cladding,
are made of acacia, with four-layered laminated coating
and designed with an extended internal frame in order to
link with the interior cladding in the same plane as well
as axially.

6. CONCLUSION
The example of a completed house made of wood and
straw functional for five years is an empirical proof of a
very cost-efficient investment and of acceptable,
comfortable and healthy living in this type of building.
Humans aspire to healthy living and residential facilities
of wood and straw of this kind are both economic and
comfortable. A living proof of this claim is Marina
Zajec, architect, co-author of this paper and author of the
project.

Figure 21. The finished interior, condition in 2015

Figure 20. The finished exterior, condition in 2013
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Figure 22. The finished exterior, condition in 2014
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DEVELOPMENT OF A FOLDING TIMBER BRIDGE FOR RECOVERY
FROM DISASTERS
Hideyuki Hirasawa, Jun Tonuma2, Taiga Shibuya3 and Kasumi Sato4
ABSTRACT: There are so many natural disasters such as earthquake, rainstorm, landslide and so on in every year and
everywhere in Japan. Some people are often isolated in mountain area when roads are divided by these natural disasters
There are a lot of cases in which a bridge is necessary immediately to carry essential commodities or to visit each other.
In this study, an emergency bridge is presented for the recovery after the natural disaster. A one fifth bridge model is
designed and manufactured for laboratory experiments. This model is a simple timber truss bridge, and it can be folded
at some connection points. If this model is folded, its size is successful in becoming small; from a long size (2.4m span)
to a compact size (0.17m thick). It will be possible to apply the concept of this folding structure to the full scale
emergency bridge.
KEYWORDS: Timber bridge, Emergency bridge, Truss bridge, Folding, Recovery

1 INTRODUCTION 123
Japan is often attacked by big natural disasters such as
earthquake, tsunami, typhoon, pouring rain, debris flow,
etc. Citizen's life is always influenced by these strong
natural rages. Disasters sometimes shut off traffic and
lifeline which are ultimately necessary to live for people.
Small towns in mountain area are sometimes isolated by
the natural disasters. They bring about inconvenient
situation to our lives and economical activities even if
our towns are not isolated.
For example, the Great East Japan Earthquake of March
11, 2011 and Tsunami made a lot of bridges broken.
Therefore, the condition of the trafficability in the area
near the seaside got worse and people were forced to
take indirect routes. One of the routes after the Tsunami
is 50 km longer than the direct route. As another
example, the flood in Tochigi, north area of Tokyo, in
2015 was very big and serious. Photo 1 shows a broken
road bridge which has a short span. A heavy flow of the
river runs against the abutments at the left and right sides.
The bridge dips and a car and people can not go over it.
Photo 2 shows a foot bridge which is broken by a big
flood. A span in the middle of the bridge was washed
away. Grass and trees are entangled in the handrails and
piers, which means that the flow was terrible. In this
photo, we can see a high riverbank backward. It can be
seen that the height of water at the flood is almost the

same as the riverbank due to the condition of the
entanglement of grass and trees.

Photo 1: Broken road bridge

1
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Photo 2: Broken foot bridge
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The reason why there are so tremendous disasters in
Japan is because the bed slopes of rivers are generally
very large as well as a large amount of rain. The distance
between the mountain area and the coastal area in Japan
is very shorter than that of continental flat land countries.
A great deal of water by heavy rain flows in short river
from mountain area and gives destructive disasters.
If once a bridge is destroyed by the disaster, a small
town in mountain area sometimes is isolated and
becomes an out-of-the-way place since the long-term
isolation brings serious damage to daily life and
economy, rapid recovery is absolutely necessary. For the
recovery from these disasters, the emergency bridge by
timber truss was developed as shown in Photo 3[1, 2].
This is a full scale footbridge which has 10m span length
and 1.2m width. At the connection points, steel plates are
inserted in the slits at the end of truss member and bolts
are used to connect.

2.1 CONDITIONS OF PROCESSING
1) Material is timber for structural use, ready-made and
distributed in the local market.
2) Complex processing timber is not necessary and
processing time is as short as possible.
3) Necessary strength at the connection is given by bolts
and steel plate.
4) Preservatives are not used because of short-term
bridge for emergency.
2.2 CONDITIONS OF TRANSPORTATION AND
CONSTRUCTION
1) The bridge can be carried by only one track in folding
condition.
2) Unfolding time is very short on site.
3) Construction work on site can be done by a small
number of workers.
4) Heavy equipment and special tools are not necessary
to construct.

3 FOLDING SYSTEM
3.1 ROTATION AXIS ON FOLDING

Photo 3: Timber truss bridge built in 2010

Two axes of rotation to fold a bridge can be considered,
one is vertical rotation axis, the other is horizontal
rotation axis as shown in Figure 1, where x-axis is the
direction of bridge span and y-axis is the direction of
bridge width. The height of a truss is the same before
and after unfolding in the type with vertical rotation axis.
In the condition of the bridge unfolded completely, the
bending stiffness is sufficient. On the other hand, the
height of the bridge with horizontal rotation axis
becomes lower as it is unfolded. In the condition of
unfolded, the stiffness of the bridge becomes small.
z
y

The length of truss members are unified to 2.5[m],
including members for slab. To assemble this bridge,
necessary thing is only a wrench. After assembling the
truss in the working yard, it was moved on the abutment
by a crane. Because the construction work is very easy,
this bridge was completed within 4.5 hours.
The construction time of this a half day is certainly short.
However, the construction time should be as short as
possible, if there is a matter of life-and-death by the
disaster. In addition to time, the place to assemble the
bridge must be restricted right after the disaster.
Therefore, this study presents a new emergency bridge
without construction time and assembling space.

x

(a) Vertical rotation axis

z
y

2 CONCEPT OF DEVELOPMENT
The bridge presented here is, totally new type, the
folding bridge. This bridge can be carried by a middle
size track because the size of the bridge is very small
under the folded condition. It is folded under
transporting, and it is unfolded at the construction site.
To develop the bridge, the following conditions are
considered and settled.

x

(b) Horizontal rotation axis
Figure 1: Folding directions
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Therefore, the type with vertical rotation axis is adopted
in this study.
3.2 POSITIONING OF MEMBERS
CONSIDERING FOLDING
To make the bridge compact in size after folding, it is
important to consider the position of structural members.
It is necessary for a structural member to avoid striking
another member each other at folding operation. Here,
positioning a cross beam between the both lower chord
members in truss bridge is shown[3].
Figure 2 shows plane views of parts of truss bridge at the
unfolded condition expressed by Step 1, on the way to
folded condition by Step 2 and at the completely folded
condition by Step 3. A double-circle shows a hinge
connection between the lower chord member and the
cross beam or between the two lower chord members.
The part of this hinge, made of metal, can be selected
from various sizes. The difference between the series of
lower chord member

cross beam

lower chord member

cross beam

< Step 1 >

lower chord member

lower chord member

three steps at the left side and the series of three steps at
the right side is the position of a cross beam. However,
this difference is not essential. Let these positions of
cross beam be Type-A. Both left and right conditions as
shown in Step 3 in Figure 2 should be noted. The cross
beam gets out of lower chord members to the outside.
Width of this projection is the same of cross beam's
width. In this folded condition, the cross beam prevents
the folded bridge from becoming compact.
In order to improve this trouble condition, the position of
hinge connection points between the cross beam and the
lower chord member is changed. Step 1 in Figure 3
shows the new connection type which is Type-B. This
small change brings a large effect on making the bridge
compact after the bridge is folded. As shown in Step 3 in
Figure 3, the cross beam is kept in the line of side
surface of the lower chord member. Here, the width of
the cross beam and the lower chord member are the same.
In this study, Type-B is adopted as a connection type
between the cross beam and the lower chord member.
lower chord member

cross beam

cross beam

lower chord member

< Step 2 >

< Step 3 >

Figure 2: Folding process of Type-A

< Step 1 >

lower chord member

< Step 2 >

cross beam

lower chord member

< Step 3 >
cross beam

cross beam

Figure 3: Folding process of Type-B

cross beam
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498

400

352

upper chord member

lower chord member
6@400 = 2400

lower chord member
cross beam

cross beam
lower chord member

Figure 4 : Bridge model in the unfolded condition [mm]

4 BRIDGE MODEL
4.1 SIZE AND FORM OF MODEL
The model designed and manufactured is shown in
Figure 4. This is a one fifth scale model of a Howe truss
bridge. A large triangle frame is settled at the left end to
make a fixed support of cantilever. Until the right end
lands on the other side, this bridge is cantilever structure.
After landing, this bridge becomes a structure with
simple supports. It is necessary to have strong
connection against the dead load at the left fixed point
and against the dead load and live load at the mid-span,
for a full scale real bridge.

4.2 STRUCTURE OF FIXED END
Photo 5 shows a large triangle frame as a role of fixed
end in the boundary condition. This triangle consists of a
tall column, 1.0m high, a horizontal member and a
diagonal member, which are connected by screws. A
large size frame is necessary for the truss not to round
and go down during unfolding. This column has a
structure which can fold like a door with hinges. The end
of the truss girder is connected to the column like this
door, and can open or close with the move of folding or
unfolding for the truss girder. Counter weights are put on
the triangle frame to resist the end moment by the dead
load. In the real condition, it has to be considered that
the counter weight is also carried together with the truss
girder by a track. Instead of carrying the weight, the
track can play a role of counter weight by treading the
horizontal member of the frame.

Photo 4 : Folded condition

Photo 4 shows the folded condition of the model, where
the sizes are 170[mm] for the bridge direction,
1044[mm] for the bridge width direction and 400[mm]
for the height direction. It is so much desirable to be
made small, (2400[mm] → 170[mm]), for carrying this
structure by a track.

Photo 5 : Fixed end

WCTE 2016 e-book | 6175

4.3 UNFOLDING BY PANTOGRAPH
STRUCTURE
In order to launch the truss girder from this side to the
other side, consider a method to attach a mechanical
equipment to the girder. Here, a pantograph structure is
adopted as an unfolding method for the bridge. Figure 5
shows the mechanism of pantograph. If we want to reach
out the pantograph, we only pull the end part indicated
point A as shown in the top figure in Figure 5. Then the
pantograph is pushed out through x-direction. The
maximum length of pantograph for x-direction depends
on the length of each member or the number of hinge
connection. However, as the number of hinge increase,
the work of pulling the point A become difficult.
Therefore, the pantograph with four hinges in the center
line is adopted here. One member of pantograph has
900mm long and the total length between the both end
hinges is 2400mm for the longest condition in the
bottom figure of Figure 5, which is the same length of
bridge span.
This pantograph structure has two effects on the folding
truss bridge. One is the effect to fold and unfold the
bridge. The other is to prevent the bridge from moving
along y-direction in Figure 5. If this pantograph is not
applied to the folding bridge, the y-direction stiffness of
the bridge is very small and the bridge is easy to deform
for y-direction.
Photo 6 shows that the pantograph is attached to the
bottom of the folding bridge. Four hinges on the center
axis of the pantograph are connected to the cross beams
of the folding truss bridge. Points A shown in Photo 6 are
the same as points A in Figure 5, which have the role of
levers to make the pantograph and folding bridge longer.

A

x

Outrigger
A
Photo 6 : Folding bridge attached pantograph

To set the pantograph under the folding bridge, about
100mm clearance between the bottom of the bridge and
to floor is opened. It is the outrigger settled to the large
triangle frame that can open this clearance.
4.4 SIMULATIONS OF CONSTRUCTION
After assembling the folding bridge with pantograph,
simulations of unfolding works are performed by a
human power, not any machines. Since this bridge is
small and light, made as a model, carrying and
assembling can be done by a human power. However, a
truck and a machine such as a crane may be necessary
when the full scale real bridge is constructed. Photo 7
shows the process from the completely folded condition
to the completely unfolded condition.
Stage 1 is the condition that the folded truss girder is
attached to the large triangle frame as a fixed boundary
condition. The upper chord member and the lower chord
member of the end truss panel are connected to the
column of the triangle frame by bolts and L-shape metal
plates. Counter weights are put on the left end of the
frame although the moment of a cantilever beam hardly
acts on the column in this stage.

y

(a) Stage 1
Figure 5 : Pantograph structure

A

Photo 7 : Unfolding of the truss bridge model
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(b) Stage 2-1

(e) Stage 2-4

(c) Stage 2-2

(f) Stage 3
Photo 7 : Unfolding of the truss bridge model
(continues from previous page)

unnecessary movement of the folding truss girder
becomes stable. Moreover, the location of center hinges
settled in the pantograph gives a good effect on the
folding movement of the truss girder. Four hinges on the
center line through x-direction in the pantograph in
Figure 5 keep the distance between them constant during
the action of unfolding. Three cross beams have a hinge
respectively at the center to connect the pantograph.
Therefore, the distance between the cross beams is also
kept constant during unfolding.
(d) Stage 2-3

Unfolding process is shown in Stage 2, Photo7. This
moving can be performed by the operation to the end of
pantograph by hands. Strong force is not necessary to
move pantograph. Rotation moving is smooth and there
is not any resistant force against unfolding. Since the
structure is supported by outrigger, the bridge has about
100mm clearance from floor and longitudinal gradient.
Due to this slight gradient, the bridge begins to fold
automatically if the hand operation stops, because
rotational moving at hinge is very smooth. However, if
only the end of pantograph is controlled entirely, the

Stage-3 is the condition of the truss girder entirely
unfolded. This is a cantilever truss beam and the
maximum moment acts on the column of the triangle
frame. In this whole structural system, the maximum
force acts at the connection point between the upper
chord member and the column of triangle frame, where
the max axial stress is at the upper chord member, the
max shearing stress is at the bolts and column. Any
fractures do not occur at this point since the whole truss
bridge is not heavy. After the unfolding action, the free
end of the truss girder is launched to the land, to the
floor for this case. At this time, the structural system
changes from a cantilever girder to a simple girder. The
type of this bridge as shown in Photo 7(f) is Howe truss

WCTE 2016 e-book | 6177

which is suitable for a simple supported timber truss
bridge. The reason why Howe truss bridge is suitable for
a timber truss bridge is that all diagonal members are
subjected to compression forces, not tension forces. In
the cantilever condition, Howe truss is not suitable for
timber bridge. In this study, the structural system in
service after construction is considered significantly
rather than the structural system under construction.

(a) Stage 1

Photo 8 shows unfolding stages from the shortest
condition to the longest condition from the front view
position. A truss bridge and a pantograph are folded in
compact size at Stage 1. The condition on the way to
reach forward side is shown in Stage 2, where the truss
bridge and the pantograph are moving together. This
photo also indicates clearly that the center hinges of
pantograph are connected to the center hinges of lower
cross beams. Stage 3 shows the longest condition.
Although this bridge seems to be reinforced by lower
lateral bracings, this pantograph does not play a role as
lateral bracings. Since it is only the cross beam that is
connected to the pantograph, not lower chord member of
truss, there is not an effect of reinforcement on truss
girder.
To keep the truss girder straight after construction, the
upper and lower chord members have to be connected
strongly to each other by using some devices. Not
straight line of upper chord member along the bridge
direction can be seen in Figure 8(c). This is because
chord members are folded slightly at the connection. As
one of the measure against this trouble, it seems effective
that the chord members are connected each other with
metal plates and bolts.

5 CONCLUSIONS
A new type of bridge for recovery from natural disaster
is developed. One fifth scale model of the bridge is made
from timber and tested to check its folding movement.
The bridge can be folded in multi-layer of truss panel by
many hinges. In the folded condition, it can be carried by
a middle size track even if it is designed in full scale size.

(b) Stage 2

This bridge is assumed to be used in the disaster site
where there is not machinery and many technicians. In
such undesirable situation, this bridge can be constructed
easily and within a very short time and without a wide
yard. During construction, the bridge is cantilever
structure system, while it becomes a simple truss beam
structure after unfolding action. Although the part of the
bridge end that is connected to the column is subjected to
a large moment, there is no problem on strength of the
connection as a result of unfolding test.
For applying this new bridge to the real emergency
bridge, a method to unfold the pantograph by light force
has to be worked out and floor slab to walk has to be
added. As for the pantograph, only light force by hand is
sufficient to move the pantograph in the model. Strong
force will be necessary to move it in the full scale heavy
bridge. To rotate the pantograph with hands, using gears
can be one of effective method for example. As for floor
slab, it is hoped that the floor slab is light, easy to fix to
the lower cross beams and strong enough for pedestrian
loads.

(c) Stage 3
Photo 8 : Front view of the bridge unfolding
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TEMPORARY SHELTERS FOR THE ARCHAEOLOGICAL EXCAVATION AT
KINIK HÖYÜK. CONSIDERATIONS AFTER THREE YEARS OF WORK
Marco Morandotti1, Emanuele Zamperini2, Valentina Cinieri3
ABSTRACT: The design of temporary shelters for archaeological excavations is a recent and unexplored theme,
indeed immovable finds are typically protected by plastic sheeting only. The paper illustrate and analyse the behaviour
of temporary shelters built at the archaeological site of Kınık Höyük (Turkey). Timber shelters built in 2013 were
directly designed by local manpower and were lifted up twice during winter by strong local winds. In 2014 the research
group was involved in the design of a new system of shelters and decided to build timber frame structures assembled by
nailing. To ensure resistance to winds: the structure was braced using struts and X bracings; suitable stabilizing masses
were set up. During the subsequent winter season, shelters resisted to the loads of wind and snow. At the beginning of
the 2015 campaign, one of the shelters was dismantled to allow excavation activities, while the second was kept. At the
end of the campaign three new shelters were built: the first in replacement of the dismantled one, the second next to the
one built the previous year and still existing, the third in a more protected area. In August 2015, a strong storm hit the
region where the archaeological site is, demolishing two of the newly built shelters, leaving intact the other two
structures. The paper will point out the reasons of this failure.
KEYWORDS: Temporary structures; Shelters for archaeological excavations; Timber frames; Kınık Höyük.

1 INTRODUCTION123
The design of temporary shelters for archaeological
excavations is a rather recent and unexplored design
theme, indeed works of preservation are usually
postponed to the end of excavation campaign and in the
meanwhile immovable finds (e.g. architectural remains)
are typically protected by plastic sheeting only.
From the theoretical point of view, preservation of
archaeological artefacts is a quite important and complex
subject; indeed, usually “subsoil archaeology” or
“excavation archaeology” destroy part of the objects of
its own study, to bring to light further finds or buried
structures [1]. The choice of the element that must be
kept in site during excavations is quite complex: on the
one hand it’s impossible to foresee what will be found
below the stratification that will be removed; on the
other the comprehension of the visible elements is
always partial and it often needs the disassembly of the
elements themselves for the analysis of the relationship
with underlying layers. Under these conditions – as said
– works of preservation are postponed to the end of
excavation campaign, after that the phase of selection
and removal of finds and structures ended. With this
1
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approach conservative works are not required during
excavation, apart of some protective layer (a nonwoven
fabric or a plastic sheeting ballasted using earth and
small stones) used to prevent the decay of unearthed
immovable finds during the period between the end of an
excavation campaign and the beginning of the
subsequent. Adopting this strategy, it’s impossible the
fruition and valorisation of the site, and many perishable
material elements (e.g. mud plasters) are likely to decay
and be irretrievably lost.
To prevent these drawbacks, a different approach should
be followed. For example, building temporary shelters
allows a more efficient protection to remains and
immovable finds and can allow an at least partial
visitability of the site.
Designing temporary structures some aspects (e.g. speed
of construction, ease of disassembly, possibilities for
reuse of elements) assume greater importance, others
(e.g. durability) take second place.
Temporary shelters for archaeological excavations also
set further needs [2]: of short construction time (to
extend the time for excavation); of adaptation to a
complex plani-altimentric context (often in the absence
of a definitive survey of the site); of working in absence
of usual construction machinery and without ordinary
foundations. In addition, since archaeological
excavations are often in foreign states, technicians and
manpower do not speak any shared language and they
have a quite different technical culture. Furthermore,
excavations are often located in isolated or peripheral
areas, therefore only few specific materials are available
at affordable price and for prompt delivery.
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2 KINIK HÖYÜK EXCAVATION SITE
Kınık Höyük archaeological site is located in Southern
Cappadocia, in the province of Niğde, at the foot of
Melendiz Dağlari, a volcanic mountain north of the BorEreğli plain [3, 4]. Even if it remained quite unstudied up
to recent time, the region is quite important from
historical and archaeological points of view. Only in
2006-2009, a research team from the University of Pavia
(director: prof. Lorenzo d’Alfonso, research coordinator:
prof. Clelia Mora) carried out an archaeological survey
in the region [5]. The archaeological excavation at Kınık
Höyük started as a joint project of the University of
Pavia and the Institute for the Study of the Ancient
World of New York University, with the participation of
the Universities of Niğde and Erzurum [4, 6].
During the survey of an 800 km2 area, the research group
found 37 archaeological sites of various ages (from
Copper Age to Middle Ages) [4]. The site known as
Kınık Höyük seemed to be the most important between
the pre-Classical ones, and archaeologist supposed that –
between 1500 and 150 B.C.E. – this site had a key role
in Southern Cappadocia [7].
The meaning of the Turkish word höyük is mound, hill
[7]. Indeed Kınık Höyük is a 20 m high and 180 m wide
hill formed over centuries by the superposition of
subsequent building phases of an ancient city and by the
deposit of sand carried by the wind.
The remains of a citadel have been found at the top of
the mound; however, in the fields at the foot of the hill
several ceramic sherds have been found, testifying the
existence of a lower town [3, 5].
In 2010 non-destructive geognostic investigations
(magnetic and ground-penetrating radar) were carried
out. These surveys showed the presence of a buried
elliptic structure, immediately interpreted as the remain
of a defensive wall [8].

Figure 1: General plan of the site in 2014 (topographic
surveys by Leonardo Davighi, plan by Andrea Trameri) [4].
Areas coloured in blue are the excavation areas; the grey ring
shaped area is the supposed extension of city walls.

In 2011 three archaeological operations were opened:
Operations A and C investigated two different part of the
citadel walls (on the northern and south-western slopes
of the mound); Operation B was opened on the top of the
mound [9]. In the first excavation campaign, an
interesting portion of citadel walls was brought to light
in Operation A, while some medieval structures and
more ancient architectural remains were unearthed in
Operation B. In subsequent years the excavations went
on: in Operation A an exceptionally well preserved mud
plaster was found on the external face of the city walls;
in Operation A and B many mud brick walls were found.
In 2013 a new operation (Operation D) was opened west
of the mound, at its foot, discovering remains that were
supposed to be from Hellinstic and Achaemenid periods.

3 TEMPORARY SHELTERS FOR
KINIK HÖYÜK EXCAVATION SITE
In 2011 and 2012 the discovered immovable finds were
protected by plastic sheeting only, preventing their
lifting with a thin layer of earth and some stones.
However since 2013 – while the size and importance of
the finds brought to light was increasing [10] – a
different approach was started: that of “conservation
during excavation”. This different approach requires
that: during the excavation campaign sample of materials
constituting the remains are taken in order to analyse
them and to develop effective conservation strategies or
tests of preservative materials are carried out in situ; at
the end of the campaign temporary shelters are built.
3.1 SHELTERS BUILT IN 2013
Two timber shelters were built after the first campaign
and designed in an improvised way directly by local
manpower: the first over excavation area A, on the edge
of the upper plateau of the hill, in a position very
exposed to winds coming from north; the second over
excavation area B on the top of the hill in an usually not
very windy area.
The shelter designed by local craftsmen consisted in an
irregular frame structure supporting a corrugated metal
sheet covering only slightly raised from the level of
excavation. The structure consisted of:
− bases, obtained by filling old tires with concrete;

Figure 2: General view of the shelter over Operation A.
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−

Figure 3: View of the structure of the shelter over Operation B.
On the right a pillar without concrete base can be seen.

Figure 4: View of the shelter over Operation A after being
lifted for the first time and damaged by wind.

Figure 5: View of the shelter over Operation A after being
rebuilt after being lifted for the first time: sandbags were used
as ballast placed directly on the roofing.

Figure 6: General view of the shelter over Operation B.

pillars, formed by wooden beams with square
section 9 cm x 9 cm, simply inserted into the
concrete bases;
− main beam directed along the lines of maximum
slope, resting on and simply nailed to the upper
faces of the heads of the pillars;
− joists parallel to the gutter line, simply nailed to the
main beams;
− corrugated sheet, fastened to the joists with screws.
During the 2013-14 winter season, for twice the shelter
above Operation A (normally the more windy area) was
raised and tilted by the wind [11]. Therefore corrugated
metal sheets conveyed rainwater exactly in the area that
they were supposed to protect thus causing a series of
problems to archaeological remains. From photos taken
immediately after the shelters were damaged, it is clear
that the entire pitch structure was lifted, detaching from
pillars. This could happen for three reasons:
− the first is that connections between the main beams
and pillars were realized with a pair of nails only,
and that these nails were driven into the beam
perpendicularly to the fibres, while in pillars they
entered the upper face and they were driven parallel
to the grain; in event of strong winds lifting the roof,
these nails were subject to axial tensile load;
however technical literature assume that nails driven
into end grain have negligible axial load capacity
[12], and that it’s supposed to further decay over
time [13];
− the second is that the number of the pillars was too
limited and consequently it was the number of
connections that held the structure of the pitch from
lifting;
− the third is that not all the pillars were endowed with
concrete bases, some had a thin wooden tablet only.
Beyond the negative outcome under the effect of the
wind, the solution adopted in the 2013 excavation
campaign showed four other problems:
− since the bases were to be made a few days before
the realization of the shelter (to give time to
concrete to set and to achieve a sufficient degree of
hardening) and since preliminarily no project was
drafted, it was not possible to predict in advance the
height of each pillar; therefore, conservatively, the
majority of pillars was made higher than was
assumed necessary and therefore they had to be cut
at the time of the construction of the shelter,
however some pillars were instead made too short
and it became necessary to extend them by nailing
on their top another timber joist, thus creating an
additional point of weakness;
− for the same reasons, due to the irregularity of the
level of the ground, and due to the high weight of
the bases that prevented to adjust their slant, the
pillars could not be put in place perfectly vertical;
− in Operation B, workers decided to keep the shelters
at the lowest possible level, realizing them at a
lower level than the original ground surface;
therefore the side edge of the shelter was not able to
protect the side sections of the excavation and a
significant amount of water could infiltrate in the
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−

gap between the roof and the section; in addition,
the removal of rainwater collected by the shelter was
not adequately taken into consideration and water
was discharged in a countersloping area, causing its
return to the excavation area by sluicing on the
ground, thus damaging some earthen walls;
at the start of the subsequent excavation campaign,
the heavy bases of the pillars were a hindrance in the
excavation areas.

3.2 SHELTERS BUILT IN 2014
After this negative experience, in 2014 the research
group – already in charge of studies for the preservation
of archaeological architectural remains – was involved in
the design of a new and more rational system of shelters.
The project carried out by the research group has taken
account many critical features [2] (among which those
pointed out in the introduction)
Moreover it has implemented a technical solution that
can allow to maintain in situ some part of the shelters
also during the subsequent archaeological campaign, in
those areas in which excavation activities will be
possibly suspended (e.g. in the part of Operation A over
the city walls).
This shelters were also built to allow the partial
visitability of the excavation site without precluding
possible extension of the excavation (and of the shelter)
in continuity with the existent.
Furthermore, the proposed construction technique was
designed to reduce the elements to be disassembled
during the dismantling of shelters at the beginning of the
subsequent campaign, and to reuse the not disassembled
parts as they are or with small changes.

Figure 8: Cutaway axonometric view of a portion of a shelter.

Figure 9: View of the shelter built over Operation A.

Figure 10: View of the shelter built over Operation B.

Figure 7: Axonometric view of a pillar.

Figure 11: Operation B, view of the shelter in winter.
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For lightweight, cost-effectiveness, ease of cutting to
size, speed of implementation, etc. the research group
decided to confirm timber as the construction material
for the structure of the shelters; however – differently
from what was done in 2013 – we decided to use one
type only of dimensional timber (i.e. standard sized
timber planks): a joist very common in the region, whose
dimension are 4,5 cm × 9 cm × 4 m.
To meet the skills of the local workforce, nails were
chosen as a means to assembly timber elements. This
system was also supposed to be the faster way to join the
planks in the absence of a large number of electric
generators to operate screwdriver drills.
We also decided to avoid concrete castings (whether cast
in situ or precast) to prevent having to wait the time for
setting and hardening of concrete.
Two shelters were built over the same excavation area of
the one constructed the previous year. Their structures
were made of a series of parallel timber frames braced in
their own plane with struts or x-bracing.
In Operation B – due to the high planimetric and
altimetric irregularity of the site – the frames are quite
different from each other with regard to number, location
and height of the pillars. On the contrary in Operation A
the structure is rather regular and it is constituted by a
system of frames similar to each other, that are set at
almost constant spans.
The base of the pillar is a platform formed by two orders
of boards nailed perpendicularly to each other; on the top
of the base a timber rib is nailed to make it easier to join
the base and its pillar. The functions of the bases are: to
increase the contact surface with the ground; to be a first
ballast (each base weights about 10 kg) to prevent the
lifting of the structure in case of wind and to allow to
accommodate further ballast. The additional ballast is
made canvas bags of plastic fibres containing earth and
small stones present in situ.
The pillars are composed of two standard sized timber
planks which are spaced apart and connected by means
of small pieces of the same sawn timber. Besides
increasing the pillar stiffness, the choice of using a
couple of plank pillar was made to allow better
connection of the pillar with the base, the main beam of
the roof and with the bracings (struts or x-bracings).
With this technical solution the two joists forming the
pillar can embrace the rib of the base, the main beam and
the struts. This allows to join the various elements
always using nails driven perpendicularly to the grain of
both of the connected elements, and prevent to have
axially loaded nails.
On the frames, a series of secondary beams (purlins)
were placed at a regular distance (~ 1 m); the purlins
were made of the same dimensional timber used for the
rest of the structure. Purlins were fixed to the main
beams by means of three nails: one perpendicular to the
beam and two inclined.
For the covering the choice fell again on corrugated
metal sheet of steel directly laying on the purlins and
fixed to them with screws.
During the subsequent winter season, the shelters
resisted without any damage to the loads of wind and
snow, thus protecting archaeological remains.

3.3 SHELTERS BUILT IN 2015
At the beginning of the 2015 campaign:
− the shelter built over Operation B was partially
dismantled to allow the prosecution of excavation
activities; only the southern strip of the roofing was
kept together with a small part of the structure,
however almost all the pillars were disassembled
from the frames, but kept as intact;
− the shelter over Operation A was kept, since the
excavation in the this area was suspended for one
year, waiting to develop intervention methods for
the strengthening of the city walls.
At the end of the campaign three new shelters were built:
− the first over Operation B in replacement of the
dismantled one;
− the second over Operation A next to the one built
the previous year and still existing;
− the third in Operation D at the foot of the hill, in a
less windy area, further protected by a poplar
plantation.
The shelter in Operation B was built with the same
construction techniques used the previous year, in part
reusing the pillars realized in 2014 and disassembled
from the previous structure. The only changes are that
some pillars were increased in height to adapt to the
deepening of the excavations, and that the covered
surface was expanded northward.

Figure 12: Operation B, view from north of the shelter during
the construction phase at the moment of the completion of the
timber frame structure.

Figure 13: Operation B, view from north of the shelter at the
end of the construction phase, when the roofing done with
corrugated metal sheet was completed.

The new shelter in Operation A was built with the same
technique too, however – due to the strong difference in
ground level between the east (lower) and west (higher)
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sides of the excavation area – this shelter was a little
higher from ground level than that built the previous
year in the same Operation A.

Figure 14: Operation A, view from north of the shelter at the
end of the construction phase.

workers during the excavation campaign. Therefore the
new structure has been built as a semi-permanent
structure to be kept in place for some years without
interfering negatively with the progression and extension
of excavations. For this reason the structure was
designed as a series of five wide timber portal frames
with a net span of 10 m, thus the structure doesn’t have
any support inside the excavation, but only on the
northern and southern sides of its perimeter.
This was permissible, because the plan for development
the excavation in Operation D does not require it to
expand in those directions, but only westbound.
Each of the 10 m wide portal frames is composed of:
− a Pratt trussed beam made of twelve (including
those corresponding to pillars) almost square shaped
panels;
− two trussed pillars, each made of two posts and one
diagonal member.

Figure 15: Operation A, view from south of the shelter at the
end of the construction phase.

Figure 17: Operation D, view from east of the shelter during
the construction phase.

Figure 16: Operation A, detail of the structure seen from
south.

Figure 18: Operation D, view from south-east of the shelter at
the end of the construction phase.

In the new shelters built in Operation A and B, the only
significant change in the construction technique was the
use as stabilizing masses of four concrete blocks per
pillar; these blocks weigh 10 kg each (assuring a total
ballast of 40 kg per pillar), cast inside the perimeter of
the archaeological site using wooden moulds, inspired by
those historically used for the formation of bricks.
The third shelter – built over Operation D – follows a
different goal: to protect (from the sun, wind, rain, ...)
not only the remains during the period in which the
excavations are closed, but also archaeologist and

This structure has been built with the same dimensional
timber elements of the other shelters and assembled with
nails. The chords are ideally made of a couple of timber
joists (in reality there are many overlapped joints), while
the web members are made of a single joist.
Since the overall length of the trusses is 12 m, bottom
chords were built assembling three 4 m long timber
joists, strengthening the tension joint with a 2 m long
overlapping joist. Instead top chords were composed by
four pieces of timber of the length of 2 m, 4 m, 4 m and
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2 m respectively; therefore the weak points of the top
and of the bottom chords are staggered.
The top chord of each portal frame is placed at a
decreasing elevation moving westward, so as to create
the slope of the roof.
On the portal a series of low sloped rafters is placed, one
directly loading each of the joints in the top chord of the
trussed beam (i.e. they are about 1 m from axis to axis);
on the rafters, a series of purlins is placed to support the
corrugated metal sheets that constitute the roofing of the
shelter.

In August 2015, soon after the end of the excavation
campaign and the departure of the research group, a
strong storm hit the whole region of Niğde – where the
archaeological site is – damaging masonry houses in
cities and countryside, tearing down trees, and razing a
tent city for Syrian refugees that perform seasonal
agricultural work [14, 15].
This strong storm also hit the archaeological site,
demolishing two of the newly built shelters: those over
Operation A and B. However the storm did not damage
the shelter over Operation D, as well as the one built the
previous year over Operation A.

Figure 19: Operation A, view from north of the shelters built in
2014 (on the left) and in 2015 (on the right), soon before the
strong storm that hit the region of Niğde .

Figure 20: Timber frames of the northern part of Operation B
(the most protected from the wind coming from the south) still
partially standing after the storm.

Figure 19: Operation A, view from north of the shelters built in
2014 (on the left) and in 2015 (on the right), soon before the
strong storm that hit the region of Niğde .

Figure 21: Timber frames of the southern part of Operation B
completely thrown to ground after the storm.

Figure 23: Operation A, view of the shelter built in 2014 hit by
metal sheets from the shelter in Operation B.

Figure 22: Operation A, view from south-west of the shelter
built in 2015 completely destroyed by the wind, on the
background the one built in 2014 still standing.
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3.4 THE FAILURE OF THE SHELTERS:
HYPOTHETICAL RECONSTRUCTION OF
THE DYNAMIC OF THE EVENT
The two shelters demolished by the wind on August 5th
2015 were about 75 m distant from each other. Looking
at photographs taken on site after the storm, we could
reconstruct the direction of the wind and the dynamic of
the failure of the two shelters.
Surprisingly wind didn’t come from the north (the
direction of the prevailing winds in the region, which
repeatedly damaged the roof built in 2013), but from the
south.
Part of the metal sheets tore away the shelter over
operation B had been dragged across the top of the
mound and thrown against the still standing shelter in
Operation A, part of them leapt over it and flew for
about another 150 m, trespassing the fence of the
archaeological area and the adjacent street.
On the contrary, the metal sheets of the shelter over
Operation A flew just a few metres down the hillside.

Figure 24: Metal sheets torn away from Operation B flew
about 200 m and passed the fence of the archaeological site.

Since part of the metal sheets from Operation B were
dragged and crushed against the still standing shelter in
Operation A, this shelter has been surely directly hit by
the strong wind, but then how to justify the radical
difference in the behaviour with the other shelter built
over Operation A in 2015?
From the clues given by the shattered frames and by the
purlins flown away with the metal sheets, we can draw
the conclusion that the weak point of the structure had
been the nailed connections between purlins and frames
– although realized with nails arranged in crossed
directions to increase the resistance [16] – exonerating
the change of type of ballast from being the cause of the
different behaviour of the two structures.
But both of the shelters in Operation A were built with
nailed connection between frames and rafters, then again
what difference between the two structures?
A clue to propose an answer to this question can be
found in a matter of fact deducible from direct practice
of construction (also at least partially endorsed by
technical literature): a nail driven into wood for a year –
like those of the undamaged shelter over area A – is
much more difficult to be removed than another driven
only few days before.
The physical phenomena to be considered in this case
are the formation of oxides on the surface of nails and
the viscosity of wood that gradually makes the fibres –
widened by the wedge effect generated by the infixion of
the nail itself – close again on the nail. Both factors can
substantially increase the friction between the lateral
surface of the nail and the timber, thus increasing
resistance of the nail extraction.
Another factor can otherwise reduce the friction between
nails and timber favouring the reduction of the strength
of the connections: shrinkage cracks.
However it’s well known that shrinkage cracks are due
to the impediment of shrinkage deformations and that –
in the absence of special wood defects (e.g., residual
stresses) – usually concern timber elements that contain
the axis of the trunk, and the planks used for building the
frames of the shelters are not in this condition [17].
Having excluded the other possibilities, we can state that
this is probably the feature that allowed the shelter built
in 2014 to remain perfectly intact under the strong storm
of August 5th 2015.

4 CONCLUSIONS
Figure 25: In a close-up view of the metal sheets torn away
from Operation B, we can see that they are rolled up on
themselves.

The observation of materials blown away and of those
left in situ, allows to argue that – in both shelters – metal
sheets flew away together with the purlins to which they
were fixed with screws. Instead almost all the rest of
timber framed structures remained in their original
positions only shattered and thrown to the ground, after
that the loss of purlins disconnected the frames, making
unstable the structure.

The research presented in this paper show the gradual
refinement of a key component of the approach of
conservation during excavation: the construction of
preventive structures – the shelters – that can be
temporary or semi-permanent.
However, shelters must always be designed carefully,
understanding the context of the excavation, to adapt the
structures to it and to prevent possible damages
At the same time shelters must also be designed rapidly
during the latter stages of excavation campaign,
therefore often the designer must proceed in a quite
empirical and experimental way, operating with limited
material, technological, temporal and human resources
available.
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The partially negative outcome of the shelters built in
2015 – although caused by an exceptional adverse
climatic event – has shown the need to have particularly
care of all the levels of connection between the structural
members and it will lead to review the systems of
connection, if possible – in relation the already cited
limited resources – suggesting screwed connections, or
using other type of nails more resistant to extraction (e.g.
nails with grooved shank, nails with galvanised surface,
chemical etching or coating with cement [13, 18]).
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WOODEN SHELL DOMES
Barbara Misztal1
ABSTRACT: The paper [1] presents the shell domes made from wood of the smallest structure in the history of the
development of structures, the least consumption of material and steel fasteners as converted per 1 m2 of the building
facility constructed. Depending on the required strength of the coatings and ribs, the thin-wall domes, axially
symmetrical, were constructed under four systems. For each of them, a designation was adopted to emphasize the
fundamental load-bearing element of the system. Among the important advantages of these rational and economic
structures, which are both worth to remind and worth to be reused, is the opportunity to use low-grade materials as well
as to reduce the expensive wood selection and to limit the amount of waste. In order to ensure their further
development, the testing as presented in this paper is suggested.
KEYWORDS: solid wood domes, shell domes, ribbed domes, netlike domes,

1 INTRODUCTION 123
The paper presents the most eminent examples
of the dome systems made from solid wood, optimized
in the process of the historical development. On the basis
of the references collected, various solutions of wooden
dome structures that were built as long as until the first
half of the 20th century were reconstructed and verified
on models made from wood and computer visualizations.
In the paper [1] a typological series was built, starting
with dome-like roof coverings until light and node skipresistant netlike domes. A selection method was selected
to choose the best planks for the building of those ecofriendly and cost-effective construction. The systems
presented should continue to be developed and perfected
using analyses on fibrous composites [3].

2 SELECTED EXAMPLES OF DOME
STRUCTURES
48 historical domes built until the 1st half of the
20 century have been gathered and described in the
paper [1]. They have been arranged in a typological
series through introducing designations emphasizing the
basic load-bearing element of the system. Various
solutions of axially symmetrical domes from solid wood
have been tracked, as examples of structural solutions
for building facilities having a span from several up to
67.0 metres of the horizontal projection, without
intermediate supports. In the paper [1] the designations
of domes were introduced: 1) dome-like roof coverings,
2) domes on scaffoldings, 3) ribbed domes, 4) domes
with a massive shell: smooth, ribbed, 5) ribbed domes on
th
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bipolar ribs, 6) shell domes: smooth domes compressed
with steel tie rods, ribbed, rib-shell domes on bipolar
ribs, and 7) netlike domes. In this listing thin-wall and
netlike domes are distinguished, whose representative
examples are discussed in this article. Shell domes and
netlike domes are distinguished by an imposingly low
consumption for the construction and the casing in
relation to the surface to be covered, they are an
attractive proposal for researchers, designers and users.
The domes depicted in Figs. 1, 2, 3 are characterized by
the least in the history of the development of wooden
constructions consumption
of material and steel
connectors as converted into 1m2 of the facility’s
projection. The domes depicted in Figs. 1, 2, 3 are fit for
the general use since their building using even a
household method is possible. Depending on the features
of the complex section, the designation of the dome
structure type was adopted according to [1]. Fig. 1
demonstrates a shell dome, Fig. 2 presents a shell dome
on meridional ribs made from three planks, Fig. 3 a
netlike dome with a rhombic shape of the net. Such
shape of the spherical net is characteristic of domes
made from solid wood. Wooden netlike domes built
from complex crossheads with a plank shell, as shown in
Fig. 3, are distinguished by a resistance to a node jump
that is a cause of many failures of steel domes.
The three-layer thin-wall plank shell of the
dome shown in Fig.1 was built on meridional ribs from a
single plank. The bottom sections of the ribs were
connected with steel clamps with a bottom supporting
ring. The top sections of the ribs were connected with
three rings, made from several layers of arch centres. In
the domes of a projection diameter up to 20.0m
meridional arches were made from a single plank of
3x12cm sectional dimensions.
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a)

b)

c)

Figure 1: Shell dome: a) model of a dome made from wood, b)
dome section, c) rib and shell section 1, 2, 3, planking from
planks of a 1.9×10cm section, 4, meridional rib from a plank of
a 3.0×12cm section.

Meridional plank ribs 4 were arranged along the
radii of the dome’s horizontal projection. The ribs were
based on the bottom rib and bent to the shape of the
plank shell on the central scaffolding.
The bent ribs 4 were connected in the keystone
of the dome with three central rings, supported on a light
scaffolding from arch centres. Upon fastening of the ribs
4 in the top and bottom ring, the rib was subjected to a
preliminary
compression. Upon obtaining the
mathematical shape of the sphere, the three-layer shell
from planks was mounted. The even number of radial
ribs 4 from planks of a 3.0cm thickness and a 12.0cm
width was adopted. The number of ribs was calculated
according to the bottom supporting crown, adopting a
spacing between them of ca. 0.80m up to 1.5m. Three
oblique sheathings 1, 2, 3 were built from planks of a
1.9cm thickness and a 10cm width. Each layer of the
shell from planks were laid on meridional ribs in parallel
to the generatrix passing through the top ring of the
dome, creating an arch along the meridian. All the three
sheathings were inter-connected with nails and with the
meridional ribs.
Each shell layer was shifted in relation to the
lower located layer by a 60° angle. Thus, a consolidation
of the plank shell with the meridional ribs and a multiple
coupling of load-bearing elements was obtained.
The functioning of this dome may be presented
in the following way: in each sheathing the band of
planks located along the meridian passing through the
top ring of the dome creates an arch and assumes
meridional forces in the shell. In this way three main
arches in the domes are formed. Depending on the
deviation of the planks from the meridional direction, the
planks of the planking 1, 2, 3 gradually approach the

meridian of latitude direction, taking over the
circumferential forces in the dome shell.
The solid wood mass as converted into 1m2 of
the dome projection totals ca. 30.0kg/m2. The quantity of
wood required to make the construction and the casing
of the building facility is much lower than in domes built
under different systems and from other materials. Planks
of a common quality, chosen manually by experienced
carpenters were used for the building of shell domes.
Hence, the three-layer shell as built according to the
above description allows to use planks without the
expensive selection, even the building-in of planks of a
worse quality. The execution of planking shells from
solid wood is not associated with such a huge amount of
waste as the building of structural elements from layerglued wood, requiring the elimination of the natural
defects of wood. Also, the amount of the steel consumed
for nails required to connect the layers of planks is
lower. It totals ca. 1.5kg of steel connectors per 1m2 of
the dome projection. The shell construction described
reached a high load-bearing capacity at a minimum
wood consumption, on top of this, of a common quality,
both for the construction and the casing at the same time.
Shell domes of a tiny height were built in the central and
northern Russia due to their low weight and a high loadbearing capacity. They were used as a roofing over tank
tanks, at a height of 33.0m over the level of the ground,
in regions exposed to strong and frequent winds. In the
axially symmetrical thin-wall wooden domes the ratio of
the arrow (height) f to the diameter of circle of the base
L: f / l  1 / 4  1 / 6 was adopted.
In Fig.2 an example of a shell dome built on
expanded meridional ribs made up of three planks is
demonstrated.
Such domes were built on circular projections
of a diameter of 19.5m up to 40.0 m. In shell-ribbed
domes the ratio of the meridional rib h to the diameter
of the dome projection L is within the range of
h / L  1 / 200  1 / 270 .
a)

c)

Figure 2: Shell dome: a) a computer model showing the
meridional ribs and 3 layers of the shell, b) dome section, c)
rib and shell section
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The installation technology is similar to that
presented in Fig. 1. The difference consists in the
introduction of more massive meridional ribs (Fig. 2c)
and another construction of the shell layers from planks.
In the domes having diameters of 20.0m up to 35.0m
arches were built from several planks: three or four, laid
down up flat one on another and connected with nails.
The spacing between the rib axes on the bottom
supporting rib was adopted to be ca. 1.0m. In the
examples in Fig. 2 ca. 1.20m was assumed.
The dome as shown in Fig. 2 was built on 74
radial ribs from three connected planks of a 4.0cm
thickness and of a total height of 12.0cm and 16.0cm
wide. The ribs were bent to the radius of the dome
sphere and connected at the top, at a height of 7.2m, with
a ring made from arch centres on which a lantern was
placed. The weight of the lantern was bending
additionally the ribs and at the same time helped
maintaining the shape of the dome.
The connection of ribs with the top ring
followed on an installation scaffolding. The sections of
the planks of meridional arches were moved over the rib
length, whereby the contact places of the top and bottom
plank were spaced not closer than 3m – 4m from the top
ring made from arch centres.
Ring-shaped sheathings were studded in parallel
onto the bent planks of the ribs, which helped shaping
the sphere and also secured the fragile load-bearing
against lateral displacements. The load-bearing capacity
of the dome depended on the quantity of layers of the
shell made from planks.
Ring-shaped (parallel) sheathings were used in
order to transfer compressive and
tensile forces,
parallel). They were built from two layers of planks
arranged in parallel: a bottom layer arranged directly on
the meridional arches of the dome, and a top layer,
covering the sections through longitudinal contact places
of the bottom layer. This first layer of planks, 19.0mm
thick, stiffened the scaffolding from meridional ribs. The
accurate positioning of the first layer determined the
geometry of the whole dome. Minor installation
inaccuracies of the planks from the first layer studded
onto the ribs introduced horizontal displacements of the
ribs, which resulted in the deformation of the sphere.
Such deviations became particularly dangerous when
asymmetrical loads occurred. In order to prevent this, a
second parallel layer from planks was studded, displaced
in relation to the first parallel layer by one half of the
plank’s width. The contact places of the ring-shaped
sheathing’s planks were placed in the axis of meridional
ribs. Both the layers of the ring-shaped sheathing were
connected with nails of a 5.0mm diameter to the
meridional ribs of the dome. Usually, the thickness of
the ring-shaped sheathing’s planks: 1.9 to 2.5cm, the
width thereof: 10 ÷ 16cm were adopted. In the top part
of the dome, at the ring from arch centres, the duplicated
ring-shaped sheathing was replaced with a single
sheathing from planks of a thickness equal to the sum of
the thickness of the duplicated sheathing.
The elasticity of ribs produced a mutual
stretching, both meridional and circumferential, of the
shell, from the bottom supporting ring to the top ring.

The shape of the dome was maintained owing to the
mutual, balanced compression of ribs and planks of the
dome’s sphere.
The third inclined (external) sheathing was used
to transfer the shearing forces, resulting from the
asymmetrical load on the dome. They were arranged on
parallel rings at a 45˚ angle. They were built from one
layer of 1.9 – 2.cm thick planks, placed at an angle of ca.
45°, from one meridional arch to another one. In the
view from the outside, the inclined sheathing was
arranged on the dome in the “herringbone” pattern.
The top arch centre ring anchoring the
meridional ribs and assuming the forces from radial
arches (Fig. 3) was made from two or more straps of
arch centres comprising the central plank of three-layer,
flat meridional arches. If the number of arches was
assumed m, and the plank width was assumed b, then the
diameter of the arch centre ring was calculated from the
formula

d0 

mb



. In order to reduce the diameter of

the top ring, a slight preliminary chopping of the planks
of the arches at their place of their coupling with the arch
centre ring was applied. The layers of the arch centres of
the central ring were connected with the meridional ribs
using steel bolts of a 12mm diameter. The view of the
top ring and the connection of the ring’s arch centres
with the planks of the meridional ribs is shown in Fig. 3.

Figure 3. Central, top ring of
thin-wall domes according to
[1].

Figure 4. Fastening of the
meridional ribs in the bottom
reinforced concrete crown.

A skylight was built on the top ring made from
arch centres. In some solutions, a lantern with a wooden
roof was placed on the top ring. The mass of the lantern,
whose walls were placed on the arch centre ring,
favourably influences the maintenance of the shape of
the dome. The lower support of the meridional ribs of
the dome constituted the circumferential reinforced
concrete crown – Fig. 4. The thrust ring – the bottom
circumferential crown operating on the extension
deriving from the expansion of the meridional ribs was
made as a reinforced concrete, steel or wooden triple
ring (for domes of a diameter up to 20m, Fig. 4). In that
crown, using steel flats, a supporting triple wooden ring
of the dome’s diameter was anchored. The dome’s flat
ribs were fastened in it. The bent planks of the
meridional ribs were secured against detachment with
steel flats of a ca. 5-6mm thickness. Connections were
made using bolts of a 12mm diameter. In order to

WCTE 2016 e-book | 6191

reconstruct the modern (unfortunately forgotten)
construction of the dome, the view of the construction of
ribs and of the dome was reconstructed, using
incomplete sketches from the referenced literature [2]
(1937), and shown in Fig. 4.
In 1933 – 1934, the dome over the gymnasium
of the Physical Culture Palace in Moscow was built,
whose computer model of the construction is shown in
Fig. 5. The dome was built from crossheads fabricated in
a factory and mounted on the construction site. A high
quality wood was used, dried up previously to a 17% up
to 18% humidity, which provided a higher dimensional
stabilization during the construction and operation of the
building facility. The connection of elements in the
nodes was reinforced with steel bolts.

Fig. 6. Richard von Mises considered, using
conventional methods, the impact of the translocations of
nodes caused by the shortening ∆l = PL/EA of members
and obtained increased axial forces S’. Those forces can
be further increased in a situation of the lowering of the
node of the shell under the impact of external forces. The
schematic of the increasing of forces in the members of
the von Mises truss is shown in Fig. 6.
Figure 6 illustrates the schematic of the
phenomenon of the node jump occurring in the
constructions of member domes having the geodesic
division of the sphere. It consists in the shortening of
members convergent in the node and in the lowering of
the node, which produces a strong increase of forces in
members, leading to the node jump from the position
“C” to that of “C’ ”. Richard von Mises noticed the
problem of the node jump, however, he did not explain
such a drastic rise of forces in members under the impact
of the load on the node.

a)

P

S

S

A

B
l/2

l/2

a)

P

b)

C
2
S' S'

A

S

h

S


B

c)
b)

S'
2

S'
d)
Figure 5: Shell dome: a) computer model of the dome b)
section of the dome, c) section of the rib and the coating,
4.0cm thick, d) the rule of building a node of the net from
members in which the members of the von Mises truss
were inscribed.
The longitudinal shape of the member from
which the net of the dome as shown in Fig. 6 was built
protects the sphere of the dome against a node jump – a
phenomenon that was a cause of failures of many steel
domes. The members of the dome’s net as shown in Fig.
5d) were drawn by inscribing into the longitudinal view
of a member the conventional members of the von Mises
truss. When using the principle of the stiffening, it is
possible to assess the forces S operating under the
impact of concentrated forces operating in the node –

S

P

S

c)
Figure 6. Analysis of a node from "arch centres” – illustration
of the geometry and of the phenomenon of the node jump. a)
von Mises truss inscribed in the shape of the arch centre used
for the building of netlike domes from wood b) phenomenon of
the node jump on the von Mises truss S’ >> S, c) rise of the
forces caused by the shortening of the member of the von
Mises truss.

The axial forces can vary locally in wood due to
a shrinking or a swelling under the impact of moisture,
also distortions caused by creep. The shortening of a
member generates the movement of the node to the
inside of the sphere and a non-linear rise of the forces in
members. It may be implicated that the designers of the
netlike domes made from arch centres, aware of the
effects of moisture and temperature and thus resulting
change in the length of wooden members perfected the
shape of ribs – “arch centres” so as to secure a safe
translocation of wooden elements in the nodes and to
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provide, at the same time, the stability of the shell. The
rhombic net, the structure of an arch centre and of
the node that connects it allows the matching of
wooden members in a situation of the load variations,
also including the thermal-humidity load. In the von
Mises truss, inscribed into the arch centre from Fig.
5d) there follows a considerable replacement of the
bending with axial forces. This mechanism fosters the
reduction in the creep of wood since the least creep
occurs at forces acting along fibres when these forces
ale lower than the minimum critical load-bearing
capacity. The greatest creep is produced by transverse
forces, particularly unfavourable for wood.
The above-described phenomenon of the
jump of nodes was quoted due to the fact that it may
occur in the construction of wooden domes made
from other elements, for instance, beams from glued
wood of a constant sections, as the diameter of the
covering projection increases.
In the members from which netlike domes were
constructed, the lowering of the node burdened with a
concentrated force is hindered owing to the well-chosen
shape of the crosshead from which the dome was built.
The highest moment of inertia in the section of the force
application prevents the displacement of the node and
the increase of forces in members. Owing to such a
construction the net members from wood are less
susceptible to the node jump as compared to steel domes
built from members having a permanent section.

3 CHOICE OF WOOD
The domes as depicted in Figs. 1, 2, 3 were built
until the middle of the 20th century in regions exposed to
high climatic loads: by wind, snow and temperature. The
choice of planks followed manually by experienced
carpenters. In order to be able to build such subtle
constructions as shown in Figs. 1, 2, 3, the selection of
planks intended for the construction is necessary, based
on the objective criterion, and not just on the experience
of carpenters.
The author recommends in her papers the
recognition of wood features on the basis of the dynamic
testing, yielding unambiguous results, instead of the
currently used visual inspection, long-term testing or the
measurement of the acoustic wave flow rate.
While referring to her previous papers, the
author recommends the measurement and calculation
method of free vibration parameters following the
examples of wet and dry models from wood. The
objective of the research work was, among others, to
determine the suitability of various wood species and the
comparative analysis facilitating the choice of elements
best fitted to the building of constructions in the set of
similar elements.
The criterion of the lowest damping was
adopted as that of the suitability of wood to the building
of a construction.
The charts shown in Figs. 7 and 8 were
produced after the testing of the models made from pine
wood planks: dry and wet, of a 10x40mm section. The

bending tests of supporting planks having the length of
the support equal to 800mm were carried out. Before the
experiment, the planks were weighed in the dry-air state.
After the dynamic testing of dry planks, they were
wetted in water for 24 hours. After the wetting, the
planks were re-weighed, and their moisture by weight
was calculated. The planks burdened in a cantilever way
with a constant mass of 250g were brought into the
vibrating movement. The coercive load was applied at
the end of the support perpendicularly to the plane of the
lower stiffness of the beam.
Table 1 Parameters of the vibrating movement of a pine
wood model in the dry-air state (Figure 7).
Ts
[s]

0.186

PINE WOOD MODEL IN THE DRY-AIR STATE
nS
ωS
φ
t0
2A0
ρS
=1/T
[s]
[mm]
[1/s]
[1/ s ]
[1/s]
[]
0.5733

13.68

0.14

5.38

33.80

11.15

S
0.026

Figure 7: Record of the vibrating movement of a pine wood
plank in the dry-air state during the first 10s of the testing

Table 2 Parameters of the vibrating movement of a pine
wood model in the wet state (Figure 8).
PINE MODEL IN THE STATE OF A 56.62% HUMIDITY
nm
Tm
t0
2A0
ρm
ωm
φ
m
=1/T

[s]
0.197

[s]
0.506

[mm]
15.57

[1/s]
0.241

[1/ s ]
5.076

[1/s]
31.8

[]
3.21

0.047

Figure 8: Record of the vibrating model from wet pine wood
during the first 10s of the testing

The following items were calculated in Tables 1 and 2:
-

vibration frequency: n 

1
T

1  ,
 s 

(1)

vibration period measured T in [s],
circular speed  of damped free vibration was
calculated from the formula:  = 2  n
(2)
logarithmic damping decrement  was
calculated from the formula:



 ln

Ai
e  t
 ln
A i1
e   t  T



  T (3)
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where Ai, Ai+1 are two successive vibration
amplitudes
dimensional damping coefficient  totals:
 =  /T [1/s].
(4)
The comparison of the vibration record of dry beams
and wet beams allowed to learn the vibration damping
differences. The wet beam demonstrates a higher
damping. It was confirmed in own testing that damaged
beams were distinguished by a higher damping. The
numerical value or the course of the damping function
on the chart are a good designation which one among the
wooden elements, among the set of elements of a similar
construction, is more suitable for application in the
construction.

4 IMPACT OF TRANSVERSE FORCES
Wood is a natural fibrous composite having
wooden fibres inundated in the viscoelastic matrix. Such
material differs from homogenous materials, especially
in compression testing. The critical force as described by
the Euler formula for fibrous materials requires an
adjustment, in particular for elements of a low and
medium-sized slenderness lower than 80. In his work,
[3] Z. Kowal studied the impact of transverse forces on
the critical load-bearing capacity and the limit strength
of composite compressed elements. As the ratio E/G
increases, the critical load-bearing capacity of composite
elements decreases. This information is particularly
essential for wooden elements for which the ratio has the
value higher than 30 (e.g., in steel, E/G totals ca. 2.6).
In Table 3 according to [3] by Kowal Z. (1996),
the impact of transverse forces on the global critical
load-bearing capacity in function of E/G and the
slenderness λ was demonstrated.

Table 3. Coefficients reducing the critical load-bearing
capacity of compressed wooden elements in function of
the ratio E/G and the slenderness λ =l/imin to [3].

E
G

8
10
15
20
25
30
40
50
60

E
G

8
10
15
20
25
30
40
50
60

λ=10

λ=20

λ=30

λ=40

λ=50

λ=60

1.947
2.184
2.777
3.369
3.961
4.553
5.737
6.922
8.106

1.237
1.296
1.444
1.592
1.740
1.888
2.184
2.480
2.777

1.105
1.132
1.197
1.263
1.329
1.395
1.526
1.658
1.790

1.059
1.074
1.111
1.148
1.185
1.222
1.296
1.370
1.444

1.038
1.047
1.071
1.095
1.118
1.142
1.189
1.237
1.284

1.026
1.033
1.049
1.066
1.082
1.099
1.132
1.164
1.197

λ=70

λ=80

λ=90

λ=100

λ=110

λ=120

1.019
1.024
1.036
1.048
1.060
1.070
1.097
1.121
1.145

1.015
1.019
1.028
1.037
1.046
1.056
1.074
1.093
1.111

1.012
1.015
1.022
1.029
1.037
1.044
1.058
1.073
1.088

1.009
1.012
1.018
1.024
1.030
1.036
1.047
1.059
1.071

1.008
1.010
1.015
1.020
1.024
1.029
1.039
1.049
1.059

1.007
1.008
1.012
1.016
1.021
1.025
1.033
1.041
1.049

In the paper [1] a chart was drafted, depicting
the drop of the critical force for various values of the
ratio E/G and the slenderness as listed in Table 3. On the
chart – Fig. 9 the reduction progress of the critical force
for elements of a slenderness lower than 80 was shown.
This means the eight-fold reduction of the critical force
as assessed according to the Euler formula. It is also
demonstrated on the chart that at the slenderness of
elements higher than 80 the coefficient η tends towards
unity.

Figure 9 :Chart of the coefficient η that reduces the critical
load-bearing capacity of

N kr 
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to [3]

Ne – Euler critical load-bearing capacity,

Ne 
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,

Critical force for composite materials:

(5)
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where:
Ne – Euler critical load-bearing capacity, Kdimensionless coefficient of the element shape (K = 1.2
for rectangular section, K=1.195 for circular section), A
– section of element, Gzr – reduced modulus of
transverse elasticity, E – modulus of longitudinal
elasticity.
η – dimensionless coefficient of the effect of transverse
forces reducing the critical load-bearing capacity as
calculated from the formula (7) placed in Table 3 and
illustrated on the chart 6, Fig. 9.

 1
where:



 2 EK
Gzr 2

(7)

lw
,
imin

l w – buckling length of the element,

imin – minimum radius of sectional inertia.

It also follows from the chart from Fig. 9 that
the lower is the modulus of transverse elasticity G versus
the modulus of longitudinal elasticity E of the material,
the lower is the critical load-bearing capacity of wooden
elements. The moduli of elasticity E and G wood as
specified in standards have identical values for various
wood species. Actually, these value vary depending on
the wood species, structure, conditions in which the tree
grew up, the moistening and technical condition of the
element in the construction. In fact, taking into account a
significant dispersion of strength features of wood, the
ratio E/G may be higher that it follows from the tables
included in the standards. In the limit case when the ratio
E/G is equal to 60, and the slenderness of a composite
element totals, e.g., 10, the coefficient η=8. Hence, an
important conclusion derives from this that: the critical
strength of compressed wooden elements (σkr = σe/η)
should be determined taking into account the impact of
transverse forces, that is considering the distortions of
shape.
Attention should be paid to the fact that the
protection of wood against biological corrosion, e.g.
thermal treatment or vacuum-pressure preservation
produces a degradation of the matrix in which wooden
fibres are inundated, determining the load-bearing
capacity of the wood used in the construction [1]. The
degradation of the matrix produced by technological
processes reduces the load-bearing capacity, especially
that of wooden elements, this being demonstrated by the
research work of many researchers.

5 CONCLUSIONS
Many historical domes made from solid wood
are eminent engineering works. They present the

optimum design solutions with the minimum use of solid
wood. The cost-saving systems of such domes as: shell
domes and netlike domes, have been considered as
precious, constructive
achievements of many
generations of talented builders. The examples of
historical domes represent the most advanced
technologically solutions of wooden constructions and
they should be propagated for didactic purposes, as well
as for general use.
The presented domes from solid wood are ecofriendly building facilities and constitute a good
alternative for the constructions of domes from other
materials. Many dome systems from solid wood [1] are
fit for series production and general use due to the
aesthetical, economic, utility values and the simplicity of
installation. However, the preparation of wood for the
building of domes is burdened by the significantly lower
amount that the production of glued wood, and even the
use of wood of a common quality is possible.
The rational management of wood requires the
rational selection in order to choose optimum elements.
The author recommends short dynamic tests in order to
pick up elements featuring the least damping.
The elements of domes are subject to various
loads, generating various internal forces, among them
being also compressive forces. Due to the composite
structure of wood, wooden compressed elements should
be calculated, taking into account the impact of
transverse forces, that is, the value of the coefficient η
should be assessed. Worth-noticing is the fact that the
builders of historical domes were able to use planks
having the slenderness >200.
The building of the domes from solid wood as
demonstrated in this paper is not associated with the
cutting-out of hectares of forests, as in the case of
contemporary domes made from glued wood. The
recycling of the material from the building facilities
worn out technically does not result in the destruction of
the environment. Making the building business from
wood a global undertaking, comprising the cultivation of
forests, the production of building elements and the
building technology of facilities, based on the knowledge
about wood and construction, fits in the scope of the
balanced building business.
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FOCUS ON CROSS LAMINATED TIMBER  THE CURRENT PROJECT
PROGRAMME "focus_sts" AT THE holz.bau forschung gmbh IN
GRAZ/AUSTRIA
Manfred Augustin1, Thomas Lierzer2
ABSTRACT: This paper informs about the FFG COMET K-research programme "focus_solid_timber_
solutions (focus_sts)" which is currently worked out at the centre of competence holz.bau forschungs gmbh in Graz /
Austria. The aim of this programme is the further development of the Massive Timber Construction Method with Cross
Laminated Timber (CLT) as well as connection systems (e.g. self-tapping screws) on its way to a building-system.
After the description of the research programme and its content the results of some research work is briefly described
and some pictures from the test and analysis are shown.
KEYWORDS: research, development, research programme, Cross Laminated Timber, CLT, timber

1 INTRODUCTION 123
The development of the European timber industries
during the last centuries shows that the existence of
wood and timber companies has to be confirmed by a
high level on added values. Beside process optimisation
this can only be achieved by previously done (product)
innovations and research and development activities.
This fact has been recognised by the decision-makers of
the wood and timber relevant education institutions as
well as the industrial companies at the turn of the new
millennium in Styria / Austria. As a consequence, beside
the academic research at Graz University of Technology,
Institute of Timber Engineering and Wood Technology
(head: Prof. G. Schickhofer) a competence centre for
timber engineering and wood technology called
"holz.bau forschungs gmbh (hbf)" located at the Centre
for Building Technologies in Graz has been founded as
an institution for linking the interests of university and
industry in the year 2002. In the framework of
meanwhile three funded programmes (K-Ind (20032008), FFG COMET K-Project "holz.bau" (2008-2012)
and "focus_sts" (since 2013)) a comprehensive number
of projects could be worked out and finalised in
cooperation with and for the Austrian Timber Industry.

2 PROJECT AIMS
In this context the efforts concerning the scientific
activities about the development, testing and the design
1

Manfred Augustin, holz.bau forschungs gmbh, Graz, Austria,
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Thomas Lierzer, Mayr-Melnhof Holz Leoben GmbH,
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of the now booming wood product Cross Laminated
Timber (CLT) have to be mentioned in particular. These
efforts have been practised intensively since the
establishment of the hbf and they are intrinsically
connected with the name of Prof. G. Schickhofer (head
of the Institute of Timber Engineering and Wood
Technology at Graz University of Technology; CEO of
the hbf from 2002 until 01/2013).
In addition to that also fundamental research work has
been done at the hbf in the field of self-tapping screws as
wells as the development and successfull implementation
of a proof-loading device for structural timber in a
company. Further the development of a system
connector ("SHERPA") and different other funded and
non-funded projects (e.g. concerning historic roof
structures) have been worked out. The drafting of
expert's opinion as well as consulting work for engineers
in practise is part of the activities too. In addition a
special request is the sucessful knowledge transfer of the
achieved
research
results
to
the
according
people/interested community.

3 focus_solid_timber_solutions (focus_sts)
 THE CURRENT FFG COMET KPROJECT AT THE hbf
3.1 General preliminaries
Meanwhile the big dimensioned load-carrying timber
product Cross Laminated Timber (CLT), also denoted as
XLAM, is an essential part of modern timber
engineering. In particular with CLT multi -storey
residential and office buildings have been erected
(Figure 2, 3, 4). Another fact is that this product enables
a "comeback" or “revival” of timber in the cityarchitecture. Beside the advantageous mechanical and
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structural properties e.g. the excellent behaviour
regarding earthquake loadings, also a quick assembling
on site as well as the distinguished ecological properties
(keyword: CO2 - balance) persuade more and more
builder-owners and investors to utilise CLT. CLT is
currently not only a European, but also a worldwide
demanded building product.

was even used for the construction of free-form
buildings (Figure 4).

Figure 4: Free-form construction "Cobra" (holz.bau
forschungs gmbh/Dr. T. Bogensperger)

3.2 Consortium
Figure 1: big-sized, load-carrying CLT-element applied for
the erection of a multistorey building

In the last 20 years a stormy development of the massive
building construction system with CLT has taken place
and still demands for further research activities. This was
the reason, that at the end of the year 2011 in total 16
partners from industry (13) and science (3) (Table 1)
decided to join in a consortium with the aim to develop
the mentioned construction method to a "buildingsystem" characterised by a high degree of prefabrication.
Table 1: Consortium partners in the COMET K-programme
"focus_sts"

Branche/partner
Industrial partners:
 Timber industries

Figure 2: 8-storey building, London/UK, 2010 erected under
the utilisation with CLT (with courtesy of Stora Enso Wood
Products)

Location

Country

Binderholz Bausysteme GmbH.
Haas Fertigbau Holzbauwerke
Ges.m.b.H. & Co. KG
Hasslacher Holding GmbH
Johann Ofner Holzindustrie GmbH
Mayr-Melnhof Holz Holding AG
Stora Enso Wood Products GmbH

Fügen
Großwilfersdorf
Sachsenburg
Wolfsberg
Leoben
Ybbs

AT

Schmid Schrauben Hainfeld GmbH

Hainfeld
Böheimkirchen

AT

 Screw producer

Würth Handelsges.m.b.H.

 Adhesive producer
Henkel Purbond AG
Casco Adhesives AG

Sempach
Station

 Fastener and system connector producer
Vinzenz Harrer GmbH

 Representation of Interests
Holzcluster Steiermark GmbH
Fachverband der Holzindustrie
Österreichs

Scientific partners:
Figure 3: Headquarter of Mayr-Melnhof Holz Holding AG,
Leoben/Austria, 2008 (with courtesy of Mayr-Melnhof Holz)

Apart from the mentioned CLT is meanwhile applied in
a couple of other structures like detached houses,
temporary buildings, prefabricated modules, bridges and

holz.bau forschungs gmbh
Graz University of Technology 
Institute for Timber Engineering and
Wood Technology
Joanneum Research Forschungs
GmbH, Institute for Information and
Communication Techniques

AT
AT
AT
AT
AT

AT
CH
SE

Frohnleiten

AT

Graz

AT

Vienna

AT

Graz

AT

Graz

AT

Graz

AT
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The
FFG
COMET
K-research
programme
"focus_solid_timber_solutions (focus_sts)" started in
January 2013 (project duration: four years) and was
provided with a budget of 3.02 mill. Euro. The efforts
concerning the (further) development of CLT could be
increased and are still the focus of the current
(intensively) work at hbf.

the definition (CLT is particularly suitable for this task)
of clearly structured and organised "buildings-systems".
A system can be formulated  as might be known  as
the sum of the components and their interdepencies in a
defined frame (system border; e.g. residential buildings).
This fact is intuitively illustrated by means of a popular
wooden toy for children in Austria called "Matador".

3.3 Budget
The total budget of the programme "focus_sts" is 3.02
mio. Euro. Conforming to the financing rules of the
national funding agency FFG and the local agencies in
the involved regions the industrial partners have to
contribute with an amount of 50% whereas about 2/3 are
contributions in cash and 1/3 are material deliveries and
personal services from the R&D officers of the
participating companies. Regarding the complementary
amount of the project budget 5% have to be brought in
by the scientific partners and 45% is funded by the
funding agencies whereas about 2/3 are from the federal
ministries and 1/3 is financed by the funding agencies in
the regions.
3.4 Employees
At the consortium leader hbf (P3)  the main receiver of
funds  in average about 10 employees (about 8.3
operational and 1.7 management) are working on the
programme "focus_sts". All researchers have an
academic education in civil engineering with a special
emphasis on timber engineering. During the years also a
good knowledge in wood technology could be achieved.
It is characteristic for the institutions in Graz, that they
are positioned on the interface between timber
engineering and the classical wood technology.
In addition the key researcher Prof. G. Schickhofer
(Institute of Timber Engineering and Wood Technology,
P1) and further four scientists are part of the
project/taking part in the project. In addition to that the
present staffs’ intention and also aim of the research
programme is to encourage young people to achieve a
scientific carreer in the field of research and develoment
in timber engineering and wood technology. In this
context it has to be mentioned that students at Graz
University of Technology accomplish a remarkable
contribution to the project with the work of their
bachelor or master projects.
Not only the scientific partners, also the research and
development officers at the industrial partners participate
in the project. About 1.5 persons from each company are
contributing with their efforts in the programme. In
summary in total about 35 people are part of "focus_sts".

4 GUIDING IDEA: BUILDING SYSTEM
(AND COMPONENTS) = ELEMENT +
CONNECTION SYSTEM
The further development in civil engineering will be
characterised by the erection of efficient and affordable
buildings and structures. One opportunity is to establish
the highest level of prefabrication in conjunction with

Building system
(and components)

=

(standardised)
structural
element

+

(standardised)
connection
technique

Figure 5: Building "Matador" (www.matador.at)

The current situation in the building sector is
characterised by high costs for the land as well as
strongly increasing costs for the erection of buildings. A
possibility to reduce the latter mentioned  in particular
predestinated for timber since it is a light-weight
construction material with excellent mechanical
properties and availability  is thus to achieve the
highest amount of prefabrication. In order to decrease
the erection costs a tendency to produce modules with
CLT and other timber products could be recognised in
Europe in the last years. This is also an indicator that a
"building system" with a clear structure in architecture,
structural design and in particular the consideration of
the requirements of the integrated buildings systems is a
question of time. In addition also a focus has to be set on
the cost and process management, logistics, transport
and assembly of timber structures.

Figure 6: Example of highly prefabricated module under
utilisation of CLT (on the courtesy of Speigner Architekten ZT
GmbH and Kaufmann Baussysteme GmbH)

In the mentioned sense the guiding idea of the research
programme "focus_sts" can be transferred and
formulated concisely by the equation:
Building system (and components resp.) =
(Building) Element + Connection System
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Figure 7: Structure of the COMET K-research programme
"focus_sts"

Each component of the guiding idea can be found in the
corresponding areas of the programme structure (Figure
7).
A description of the areas, projects and working
packages is shown in Figure 8. Detailed information
concerning the research programme can also be taken
from the homepage of the holz.bau forschungs gmbh
(www.holzbauforschung.at) [1].

Figure 8: Areas, projects and working packages of the COMET K-programme "focus_sts"

4.1 Area 1:
Solid Timber Solutions and Components (STSC)
In Area 1 the development of CLT-components and systems resp. for roofs, ceilings (e.g. ribbed plates and
hybrid cross sections), walls and bracings are worked out
in project 1.1.
In Figure 9 tests on a ribbed plate with notches at the end
of the ribs are shown. With this structural member spans
of ceilings up to 12 m can be realised. In a further
project the possibilities achievable with timber products
were explored by means on tests with timber-steelcomposite beams. With this combination of CLT and
folded steel plates a ductile failure behaviour and high
stiffness important concerning the deflection and
vibration properties could be achieved (Figure 10).
Project 1.2 has been focusing on the vibration behaviour
of CLT-ceilings in the lab and in situ (Figure 11). In
many cases the crucial situation in the design is given by
undesired vibrations and the corresponding verification
for CLT is often limited by this design task. Thus this

project was very important for the efficient utilisation of
CLT.

Figure 9: Tests on a ribbed plate with noches
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4.2 Area 2:
Advanced Production, Modelling and Design
(APMD)

Figure 10: Tests on a timber-steel composite floor

The aim of area 2 is on the effort to find answers for the
following question: product (further-) development,
testing and design of CLT. In certain working packages
the resource effective production as well as the research
concerning the rolling-shear behaviour of different wood
species has been investigated. The behaviour in rolling
shear is characteristic for the mechanical behaviour of
layered elements like CLT. In the frame of a working
package important results for the mechanical properties
of different wood species were found. (Figure 13).

Figure 13: Rolling shear failure of a specimen
Figure 11: Tests on the vibration behaviour of CLT-elements
for ceilings

The standardisation process can be pushed by the
development of convenient construction details which
are also part of the programme as the structured
arrangement of technical building systems and cable
routing in the frame of the Integrated Building Systems.
In project 1.3 the knowledge transfer is done by means
of the usual activities (reports, presentations, guide-lines)
supported by the implementation of computer tools
(CLTdesigner) (Figure 12 and the programming of a
user-friendly and dynamical upgradable wikipedia
system for CLT (CLT_Wiki).

Apart from that tests on hardwood species (e.g. birch)
have been conducted. The volume of hardwoods in the
European forests is increasing. With the conducted
project the basis for the application of GLT and CLT
produced with the wood species birch could be
established (Figure 14).

Figure 14: Bending failure of a glulam beam produced with
birch

Figure 12: Development of the software design tool
CLTdesigner (download: www.cltdesigner.at)

Another working package studied the behaviour of CLT
elements loaded in shear in-plane and was part of the
activities in project 2.1. This project was conducted in
cooperation with TU Munich. Both institutions
contributed test results to the task, analysed them and the
results were published together. Thus the project can be
considered as a successful cooperation for a question of
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common interest and can be seen as a best-practise
model in R&D (Figure 15).

4.3 Area 3:
Screwing, Gluing and System Connections
(SGSC)
Topic of area 3 are the applied connection techniques in
general (project 3.1) and in particular for CLT (project
3.2). CLT is an excellent product for buildings in
earthquakes areas/zones. This fact could be confirmed by
conducted tests on joints, full-size members and even a
3-storey building (Figure 18 and 19).

Figure 15: Test configuration for the determination of the inplane shear properties of CLT elements (proposed by Sieder
and Kreuzinger)

Further the development of load-carrying models, the
mechanical behaviour in combination with actions that
can lead to an instability members (buckling) are also
investigated in project 2.2 as well as the topic of the
mechanics of local load introductions into walls and
plates (effective width, point-loaded plates, introduction
of single-loads into walls and plates) (Figure 16 and 17).

Figure 18: Cyclic tests on steel angles

Figure 19: Cyclic tests on CLT-walls

Figure 16: Tests on a four sided supported CLT-plate loaded
by a point load

Figure 17: Analysis of the local load introduction into
(orthotropic) CLT-walls

Modern timber engineering cannot be imagined without
self-tapping screws so that this topic was in focus of
some sub-projects (single- and group effects in side- and
edge areas of the CLT, block-shearing, behaviour on
fatigue, nitrogen embrittlement, combined loadings on
shearing and withdrawal) (Figure 20, 20, 21).

Figure 20: Withdrawal tests of wood screws in CLT
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timber structures. A (further) development of a system
connector designed for earthquake loadings could be
developed and tested. A prototype is depicted in Figure
24.

Figure 21: REM image of a self-tapping screw loaded in
fatigue

When a tensile loaded screw group is arranged in small
spacing the possibility of a block shear failure is given.
This topic was investigated by tests. Currently the
analysis and modelling is part of PhD-thesis at the hbf
(Figure 22.

Figure 24: Development of a system connector designed for
earthquake loadings

Strong efforts are also done on the topic of glued-in
plates and strips out of engineered wood products as well
as the very important question for the erection of bigger
structures (e.g. folded plates) on site with CLT by means
of screw-press gluing (Figure 25).

le

Figure 22: Test configuration and block shear failure of a
glulam specimen

The monitoring of structures is becoming more and more
relevant. With the development of a measurement screw
with which it is possible to measure the force in a selftapping screw by means of strain gauges and a smart
system connector ("Smart_SHERPA") based on the
same technology some interesting work in sensoring
technology and monitoring resp. could be prepared.

(a)

(b)
Figure 25: Investigations on the pressure distribution under a
screw for screw-press gluing by means of a preasure
measurement film; (a) for a CLT covering (t = 100 mm); (b)
for board (birch; t = 25 mm)

Figure 23: Development of a measurement screw

A unified and easy to apply jointing of timber members
is a key point in the further development of efficient

A further interesting task is the analysis of glued in-steel
and engineered wood products as well. In a couple of
tests it could be shown that with this jointing option high
forces can be transfered when the steel plate has as
profiled surface.
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5 CONCLUSIONS
In this contribution information about the current
activities at the competence centre "holz.bau forschungs
gmbh" in Graz / Austria are given. The tasks of the FFG
COMET K-research programme "focus_sts" are
presented and the three areas are shortly described. As a
summary it can be stated that a broad range of tasks in
the field of timber engineering with CLT is under
investigation. Nevertheless, extensive research is still
needed to utilise all the advantages and possibilities of
CLT and timber products. In the field of architecture and
engineering there are still some ”treasures” not found
yet(e.g. cross-sections with combinations of different
wood species, engineered wood products and/or building
materials (concrete│steel│composites). It's up to us to
develop them and bring timber (engineering) to its
ancestral position: Let's do it!

ACKNOWLEDGEMENT
Figure 26: Tests on glue-in steel plates

Last but not least transport and lifting systems for the
CLT elements have been investigated.
4.4 Summarising remarks
To summarize chapter 4 a broad range of questions
regarding the further development and design of the
product CLT is investigated in the COMET Kprogramme "focus_sts" at the hbf in Graz/Austria. It is
evident that the research work focused on tasks in the
field of timber engineering but also wood technological
questions are in the field of interest. It is characteristic
for the activities of the "Grazer Timber Engineering
School" (Institute of Timber Engineering and Wood
Technology; Head: Prof. G. Schickhofer and at the
holz.bau forschungs gmbh) that a strong focus is on the
experimental verification (tests) of the different research
& development questions in timber engineering and
wood technology. Nevertheless, also attention is laid on
applied mechanics as well as numerical simulation.
Since timber and wood properties are scattering it
became obvious that an excellent know-how in
stochastic analysis could be established in the past.
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funds of the Federal Ministry of Science, Research and
Economy, the Austrian Ministry for Transport,
Innovation and Technology, the Styrian Business
Promotion Agency Association and the province of
Styria (A12), the Carinthian Economic Promotion Fund
(FWF), the province of Lower Austria department
economy, tourism and technology, the Business Location
Tyrol as well as the contribution of the involved
consortium partners in the programme "focus_sts".
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ARCHITECTURAL AND STRUCTURAL QUALITIES IN TIMBER
JOINTS - AN ATTEMPT TO ESTABLISH A METHODOLOGY FOR
EARLY CONCEPTUAL DESIGN STUDIES
Jesper Thøger Christensen1, Mogens Fiil Christensen2, Lars Damkilde3

ABSTRACT: Design of joints in timber structures is crucial to reach both elegant and structural efficient designs.
Design of joints should therefore be an integral part of the conceptual design phase. Traditionally this is not the case,
and joints are often solely designed and analysed in the engineering design phase. The result is joints that function
structurally but do not add value to the design, and may even compromise the architectural ideas. With an approach,
integrating both structural and architectural design from the beginning, one should not only gain better structures and
architecture but also increase timbers competitiveness in the building industry.
The paper is part of an ongoing research project aiming at providing tools for an integrated design process for timber
structures. The focus of the paper is to identify how structure and its joints contributes to architecture and vice versa.
Further, a method for how to design with structure and joints from the very early stage of design is proposed. The
architectural/engineering model of the joints will later be incorporated in the digital design environment of the designer.
In this way, the conceptual design phase will not only include the structural elements but also their joints.
KEY WORDS: Wood architecture, timber joints, timber structure, structural behaviour, architectural quality

1 INTRODUCTION
In the early design stages, no or very little effort is put into
how elements are connected. Partly because assessment
of structural connections is performed with software
designed for documentation through calculations and
simulations, not for design exploration through test of
multiple solutions. Further, as the software requires a high
level of detail, the tools become difficult and slow to work
with during the early stages of design.
For the early design stages, tools and plugins have been
made to verify the overall structure and dimension of
elements within the digital design environment of the
designer [1]. The contribution of this research will be a
shift of focus from the structural element to the structural
joint. From validating joints in the final stages of design
to designing structural joints in the early stages of design.
The aim is to develop a plugin that can be used in the
digital design environment of the designer to inform the
designer about the architectural as well as structural effect
of various joints.
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In pursuit of a methodology to incorporate timber
structure and joints in the early conceptual design phase,
the paper sets out to identify how structure and its joints
contributes to architecture and vice versa. These
contributions are identified through case studies of timber
structures.
The findings are generalised into subjects to consider in
the early design phase. Presented as a list of how
architectural form can contribute to structural strength and
how structure and joints can contribute to architectural
expression.
Lastly, a method is proposed for how to design with
structure and joints from the very early stage of design.

2 BACKGROUND123
In an attempt to satisfy the developers or clients request
for a stunning design, the design process of contemporary
architectural practice is guided by the creation of an
“image”. An image that often neglect structural elements,
resulting in a conception of structure and joints as
something that does not add value to the design.
2
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Generally, the preoccupation with the “image” means that
architecture is often developed isolated from structural
concerns in the early design phase. However, in this stage
many design decisions are made, that directly influence
the structural system, and are costly and difficult to
change later on [2]. When joints are first thought of in the
final stages of design, even minor changes become costly.
Costly changes are not appreciated, so the solution often
becomes standardized construction elements and joints
with limited capacity for creation of lasting architectural
quality. Not to interrupt the “image” of the final design,
todays joints are often made for concealment behind
layers of gypsum. Consequently, no design concerns
besides structural efficiency, economy and buildability
are invested. Thus, the aesthetic expression is not a
parameter that decides the joining method [3]. However
architecturally, visible structure and joints can enrich the
architectural quality, as it transforms ordinary elements to
objects with aesthetic quality.
This concludes that there is a potential to introduce design
on joints in the early design stage to add value and quality
to the final design.

3 STRUCTURAL EFFICIENCY
Structurally the joint is often the weak point in a structure.
Thus, it is often in the joint you find the quality and
strength of the overall structure.
Further timber joints are less effective than connections in
steel. Partly because the bearing strength is smaller, and
larger thickness of the elements causes eccentricities. To
avoid splitting and ensure ductile failure, where plastic
embedding deformation take place, relatively large
distances between bolts and edges are required. Thus,
especially in timber the joints to a large degree determines
the dimensions of the timber elements used for the
structure and the structures overall efficiency.
This concludes there is a potential for more efficient
structures through better design of joints. Potentially
leading to lower costs and increasing the competitiveness
of timber in the building industry.
Structurally joints can be characterized from the way
forces transfers from one element to the other through
compression, tension, shear or moment and the type of
connection (bolts, toothed plate connector etc.). Further,
buildability, cost, allowable tolerances, moisture content,
fire protection etc. also influence the effectiveness of the
joint.

According to [5] there are three parameters that influence
the load-carrying behavior of joints with dowel-type
fasteners:
• The bending capacity of the dowel. Influenced by
dowel diameter and yield strength. This plastic
deformation capacity is essential to provide bending
capacity also after considerable deformation of the
dowel.
• The embedding capacity of the timber. Primarily
depends on timber density, and contact area (fastener
diameter and penetration depth).
• The withdrawal strength of the dowel. Threaded
fasteners provide higher strength than smooth
fasteners.
These parameters are ideal for the design of joints in the
final stages of design. However, for initial design of joints
in the early design phase these parameters are not very
helpful.
This paper tries to take a step away from the specifics of
the calculation and think about how strength is affected by
how one places structural elements and their joints.

4 CASE STUDIES
Through a set of case studies, the characteristics that can
be used to evaluate a joint’s structural and architectural
potential will be exemplified.
Each building studied, has received architectural
recognition by review in an architectural publication.
Further, an exposed timber structure is an indispensable
and major architectural component.
Three levels are used to characterize what determines the
structural and architectural quality of a structure and its
joints.
The qualities are determined by:
• What wood product is used
• How one places structural elements and joints
• The joint itself
They are all important, but this paper will focus on the last
two levels.
4.1 CASSIA COOP TRAINING CENTRE
Project: Training facility for cinnamon production
Architects: TYIN Architects
Location: Sumatra, Indonesia
Project Year: 2011

3.1 STRENGTH
The paper will focus on the strength of joints and elements
connected through dowel-type fasteners.
The load carrying capacity of timber connections with
dowel-type fasteners loaded perpendicular to the fastener
axis may be determined using Johansen’s yield theory [4].
Considering the dowel as a beam embedded in the timber.
Assuming that both timber under embedding stress and
the dowel under bending action behave as rigid-plastic
materials.
Figure 1: Cassia Coop Training Centre [6]
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The Training Centre is built around two large trees with a
view to a lake in front and its back to the cinnamon forest.
The main idea behind the project is the classic concept of
a light wooden construction on a base of heavy brick and
concrete. By separating different building components
with different material frequencies, the construction has
survived several earthquakes.
The wooden construction gives a feeling of being within
the nearby cinnamon forest. Further, the trunk of the
cinnamon tree is used for the timber construction. The
trunks are a by-product from the cinnamon production and
has a low status among the locals, so the architects chose
to utilize the trunks in everything from the main
construction to the interior of the center.
4.1.1 Structure
The spatial gesture of the masonry walls are to enclose
and define space for a small laboratory, classrooms,
offices and a kitchen. Through the gesture of a raised roof,
a unified space is created underneath it. The skewed grid
of columns and its details further supports this.
The skewed grid of columns does not create identical
spaces in between the columns as a regular grid would,
but various smaller spaces between themselves and the
wall. See Figure 2.
This intensifies the feeling of being in a forest, where the
space defined by the tree trunks closest to you varies in
size as you move through it.
The choice of y-columns that are oriented in various
directions further emphasize this fluid space for
movement. Leaving no explicit order.

Figure 3: The column pinned to the base through one bolt [6]

The number of bolts used for each joint renders how the
joint actually works. Thus, one bolt if it is a pinned joint.
Two or three bolts if it is a fixed joint, which transfers
moment. See Figure 4.
As the structural elements pass each other in a lap joint
instead of being scarfed or halved, the strength of the
element and joint is maximized.
Further, the large number of joints make each individual
joint small, as each joint has to carry less load.

Figure 4: Various pinned and fixed joints in the structure

4.2 CHRIS THURLBOURNE PRIVATE HOUSE
Project: Single-family house
Architects: Stuff Aps
Location: Højbjerg, Denmark
Project Year: 2001
Figure 2: Difference between columns in a skewed and regular
grid

4.1.2 Joints
The pinned joints between floor and column and the air in
between steel shoe and timber column, allows light
underneath the column and makes an impression that the
columns barely touch the floor. See Figure 3. This
reinforces the continuity of the floor and the fluid space.
Making the contrast between timber columns and
masonry walls, open space and defined space, even more
apparent.

Figure 5: Chris Thurlbourne private house [7]
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The single-family house is located on a site with a steep
slope where previously a small gravel pit existed. The pit
closed many years ago and over the years the nearby
forest have entered the site.
The large beech trees, some over 100 years old, and the
steep slope have inspired the architectural expression,
choice of materials and the structural solutions.
Six large beech trees were cut to make room for the house.
These were cut in length of 5m, split and kiln-dried to be
used in the construction of the house. The main
construction consist of this beech timber and a single
mahogany - 6m in length and 1.5m in diameter. From this
was made 21 hand laminated columns up to 8 meters.

In the connection between column and beam the single
bolt renders the joint as a pinned connection. See Figure
8. However, in the connection of ground to column, two
bolts gives an impression that this joint can transfers
moment and provide lateral stability to the structure. See
Figure 7.
Again, the lap joints maximize the strength of the element
and joint, just as the large number of joints reduce the
stress on each individual joint and member.

4.2.1 Structure
Through the gesture of dividing, the close spacing of
columns defines a space for movement (the staircase)
separated from a space for resting (the living space). See
Figure 6.
However, the small space in between the columns allows
one to move freely from one space to the other, while
becoming aware of this transition.
Figure 8: Connection between column and beams [7]

4.3 NEST WE GROW
Project: Community garden and teahouse
Architects: College of Environmental Design UC
Berkeley + Kengo Kuma & Associates
Location: Hokkaido Prefecture, Japan
Project Year: 2014
Figure 6: Principal plan illustrating how the closely spaced
columns divide the space for transit from the space for resting

4.2.2 Joints
The columns are not bearing directly by contact pressure
with the ground, but through bolts that connects to a steel
plate. This line of support emphasize the separation
between the spaces. Se Figure 7.

Figure 9: Nest we Grow [8]

Figure 7: Difference between actual “line” support and a
possible “point” support

The main intent is to bring people in the community
together to store, prepare and enjoy local foods.
The wood frame structure mimics the vertical spatial
experience of a Japanese larch forest from which food is
hung to grow and dry. [8]
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A heavy timber construction, a common American
technique that use large sections of wood, is translated to
a Japanese method, which uses smaller pieces of wood to
form larger elements with the necessary strength.
4.3.1 Structure
Through the spatial gesture of dividing, the structure
divides the large volume into smaller interconnected
spaces. You find yourself in a constant dialogue between
the space defined in between the columns and the larger
space defined by the enclosing façade. This division
reduces the span of the beams and the load on each joint.
The openness of the structure make movement through
the space free.
As the outermost columns do not touch the ground, the
structure has a certain lightness as one approach it and
enters underneath the structure. This makes it possible to
make the outermost columns small to emphasize the
volume more clearly from the outside. Further, the nine
central columns gets larger and express their loadbearing
function. See Figure 10.

Had the connections been pinned one must think that more
cross bracing would have been needed. Thus, the team
probably choose a fixed joint because they wanted to
emphasize the aesthetics of the rectangular grid, without
obstructions from extensive cross bracing.
A fixed joint requires a large cross section to take up the
moment and transfer it to other elements. Four bolts
makes transfer of the moment possible, but also reduce
the strength of the elements.
Further, they choose to cut into the columns to make the
surface of column and beam align. However, this leaves
only a fourth of the cross section intact, weakening the
strength of both column and joint. To overcome this one
could have attached the beams to the columns without
cutting into the columns. This would make it possible to
have more slender columns, but more edges would appear
and make the structure even more dominant. See Figure
12. Thus, the team probably found a compromise between
a relatively simple expression and structural efficiency.

Figure 12: Connection between central columns and beams

4.4 HOUSE AND STUDIO IN TOKYO
Figure 10: Nine central columns raise the structure from the
ground. [8]

Project: Single-family house and studio
Architects: Naito Architects & Associates
Location: Setagaya, Tokyo, Japan
Project Year: 1997

4.3.2 Joints
Each central column is made of four 150mm square
sections of local larch connected by steel plates. See
Figure 11.
The thickness of the central columns, and the fact that
each joint a beam consist of four bolts, makes the joint
capable of resisting moment. Together with cross bracing
at the base of the structure the fixed joints between beam
and column provide lateral stability.

Figure 13: House and Studio in Tokyo [9]
Figure 11: Connection between central columns and beams.
[8]

A house in three levels for a young artist couple. The
house is only 3.3m wide and 9.5m long as it is located on
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a narrow site. The house is open at the gables to draw light
into the rooms and create a view to the outside. Inside the
loadbearing structure of laminated pine members at 60cm
centres dominates. Knee bracing provide lateral stability
across the house, whereas the wall and floor boarding
provide stability along the house.
4.4.1 Structure
Through the repeated gesture of framing, the structure
creates a rhythm. The small spacing of the frames makes
it human in scale and way to measure space. Further, the
space in between the columns are used for shelves.
The frames reinforce the length of the building as the
close spacing of frames focus attention to the gables,
where light enter and one can look outside.
The knee bracing adds an articulation to meeting between
wall and ceiling, partly unifying wall and roof into one.
Further, the knee brace slightly reduce the unsupported
length of the column, and makes is less prone to buckle.
4.4.2 Joints
The single column/double beam system allows simplicity
of detailing at the connections. See Figure 14. Further, the
columns keeps most of their cross section and strength at
the joint.
Theoretical for the structure to be lateral stable, one bolt
connecting each element would be sufficient. However,
each joint connecting beam to column is made up of two
bolts. Two bolts might be necessary to transfer the forces
from one element to the other and have sufficient
stiffness, but it blurs the intuitive impression of how the
joint would function in a statically determinant structure.

the free span of beams can become smaller, reducing
internal forces and making it possible to reduce their size.
5.2 Alignment of structure
Internal forces in elements and joints are dependent on
how one places structural elements in relation to each
other. E.g. if the columns of a frame are moved inward to
create a cantilevered beam, the internal forces can be
reduced. Se Figure 15.

Figure 15: In the Grand Teton Discovery and Visitor Center
[10] the tall Douglas fir log frames support a raft of
engineered timber beams that cantilever past the windows. The
log frames are placed to minimize span of the glue-laminated
timbers while allowing circulation through the exhibition
spaces.

5.3 Alignment of joints
Removal of material to make elements align reduce the
strength of the structural element and the joint. E.g. to
make a column and beam align one could remove material
from either column, beam or both, but it will reduce
strength of the joint, and require a larger cross section
compared to a solution where column and beam would
pass each other and be connected through one or more
bolts.
5.4 Proportions
The size of the elements cross section at the joint
influence to what extent the joint can transfer moment.

Figure 14: Detail of knee brace in House and Studio in Tokyo

5 How architectural form can contribute to
structural strength
Based on the case studies this section lists subjects to
consider in the early design phase in terms of how
architectural form can contribute to structural strength.
5.1 Number of joints
The more joints, and the more evenly distributed they are,
the less force has to be transmitted in each joint. Further,

6 How structure and joints can contribute
to architectural expression
Based on the case studies this section lists subjects to
consider in the early design phase in terms of how
structure and joints can contribute to architectural
expression.
The two headlines for the subjects are inspired by ThiisEvensen’s three qualitative concepts [11], essential to the
existential expressive potential of architecture,
somewhere between complete closure and openness:
• Motion - expression of motion
• Weight - expression of support
• Substance - expression of materiality
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Expression of materiality is left out as it is closely related
to the wood product and falls outside of the scope of this
paper.
6.1 Expression of motion
How visually expressive structure and joints:
• Create and separate spaces.
• Makes the scale of the space human. Ex. by the
visual expression of connecting bolts and structural
elements made up from smaller elements.
• Emphasize and support the intension of movement
through the building.
E.g. If the structure makes the space not immediate
comprehensible, it encourage movement to get an
understanding of it.
• Supports the spatial gesture - what the spaces does
to us [12]. E.g., does the structure support a spatial
gesture of lowering, raising, enclosing/embracing,
dividing, opening up, framing etc.?

places structural elements and joints to how a particular
joint functions and express itself.
A return to the case study of Cassia Coop Training Centre
is used to suggest how the workflow might be
implemented and make way for the final solution.
7.1 CASSIA COOP REVISITED
The idea of a light wooden construction on a base of heavy
brick and concrete was probably one of the first ideas the
architect had. With a complete separation of shear walls
and the structure of the roof, the light wooden
construction must resist lateral forces by itself.
Based on the suggested workflow above this section will
try to suggest how this idea could have developed into the
final design of the roof.

6.2 Expression of support
How visually expressive structure and joints:
• Communicate the overall design idea and reinforce
the architectural concept. E.g. the lightness of the
structure and its relation to the ground.
• Intensify the experience of the necessary function of
the structure: connecting elements, carrying loads
and transferring loads from one element to the other.
• Create a correlation between what forces the joint
actually transmit and what it actually looks like it is
transmitting. E.g., joint with one bolt will obviously
work as a pinned joint, but to transmit large forces it
can be necessary with more bolts, which will look as
if it can transmit moment, thus blurring the
impression of how the joint actually works.

7 METHOD FOR INCORPERATING
JOINTS IN EARLY DESIGN PHASE
The paper attempts to establish a methodology to
incorporate the previously identified concerns into the
early design phase.
The proposed workflow is supposed to take place
simultaneously with the development of the architectural
concept and thus inform each other.
Workflow to incorporate design of timber joints in the
conceptual design phase:
1. Suggest multiple structural systems in sketches and
simple physical models. It can be both statically
determinate and indeterminate systems with both
pinned and fixed joints
2. Investigate how structure and joints can contribute
to architectural expression
3. Investigate how architectural form can contribute to
structural strength
These steps are performed repeatedly until a satisfactory
solution is found. Changing scale and focus from how one
Figure 16: Early development of structural systems
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7.1.1 A regular grid
An ordinary rectangular grid of pinned beams and
columns would not provide lateral stability. To overcome
this one could introduce wind crosses, but this would
obstruct the free movement across the space underneath
the roof. See Figure 16A.
7.1.2 Fixed connections
Another solution would be to fix the joints near the ground
or the joints between column and beam. This would
require larger cross sections of the elements, making the
structure seam heavy. Further if embedded into the
ground there could be problems with moisture. See Figure
16B.
7.1.3 Knee bracing
Instead of fixing column and beam with one joint it can
be done with three pinned joints in a triangle. Making it
easier to construct, reduces the stress on each individual
joint and allows the structure to be made from slender
elements. See Figure 16C.
7.1.4 Inclined columns
Yet another alternative could be to incline the columns in
different directions to create lateral stability. The order of
the space, defined form a grid of columns is abandoned,
and you get a plateau for free movement. Leaving the
ordered space to be defined by the masonry structure. See
Figure 16D.
7.1.5 Knee bracing and inclined columns
The last two alternatives are combined to support both
structural efficiency and architectural space, order and
intension. See Figure 16E.
7.1.6 Changing the point of intersection
Further one could have worked with the point of
intersection between the two parts of the “column”.
Making them meet at the bottom or top, they two parts of
the column get equal importance, makes the space less
differentiated, and makes less space for movement around
them. Further, if the columns meet at the top the roof
becomes visually separated from the columns. Creating
three elements (base, columns and roof) instead of two
(base and roof). See Figure 16F-G.
Using x-columns the roof and ground come closer to each
other visually. The raising gesture is abandoned in favour
of a sewing gesture. See Figure 16H.
In these alternatives, the lateral stability would increase as
joints were separated more. Further, no moment would
occur in the columns. However, the columns free length
would become longer. Only the x-columns would benefit
from both.
The implications of the last couple of alternatives can be
illustrated by looking at a section of the building and
drawing a dotted line for the structures centre of gravity.
See Figure 16E-H. The closer the centre of gravity is to
the roof or the base, the more closely it relates to that
particular part of the structure, and in turn changes the
expression of lightness.

7.1.7 Alignment
By moving the columns away from the perimeter of the
roof the internal forces in elements and joints are reduced.
See Figure 16I and 17.

Figure 17: Moment in beam is reduced when columns are
moved inward.

7.1.8 Connection to ground
A pinned joint between floor and column can be made by
connecting a steel shoe to the concrete. Further, having air
and light in between steel shoe and timber column
emphasize the lightness of the structure. Se Figure 4.
7.1.9 The lap joints
For ease of construction and because of the size of
available timber, the timber elements have a limited
length. This calls for lap joints to make structural elements
from smaller pieces of timber. The benefits in terms of
strength have already been mentioned. However, the way
the lap joints are configured can also influence the
perception of the structure and its strength. See Figure 18.

Figure 18: Two different configurations of lap joints. Left: the
actual column. Right: the inverse configuration seems heavier
as the column gets larger closer to the ground. However, if
looked upon from another angle, the larger space for air in
between shoe and timber can be said to emphasize the
lightness.

The section above is only one possible way that structure
and joints could have been thought of in the initial stage
of design to make way for a synthetic relationship
between structural strength and architectural expression.
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8 CONCLUSION
The joinery of elements may not be noticed a first sight,
but it is from the details, the quality of a building can be
assessed, and through continuous use of the building, one
comes to appreciate the effort put into how the building is
put together.
Designing efficient and elegant structures is not
necessarily a linear process, starting from the big idea then
working through to the details. What is essential is to start
from both ends; working with the small and the big at
exactly the same time. This calls for architect, engineer
and craftsmen to work in close cooperation from the early
design stage [13].
This paper has presented an attempt to establish a
methodology to incorporate timber structure and joints
architectural and structural quality early in the conceptual
phase of design.
Continued research will try to incorporate this
methodology into the digital design environment of the
designer.
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EVALUATING TEACHING EFFECTIVENESS USING A WOODEN TRUSS
BRIDGE STRENGTH CONTEST
Shinsuke Kawai1, Atsushi Tabuchi2
ABSTRACT: We held a wooden truss bridge strength contest, a commonly held contest, and measured students’ levels
of understanding based on questionnaire investigation and dynamic computations in the final examination of a class,
both of which followed the strength test. We obtained results as follows.
1) There was a discrepancy between the students’ comment that they “understood” and their actual understanding, as
reflected in their lack of success in the contest or their marks in the examination.
2) There is a weak correlation between the results of the strength contest and marks in the examination. Therefore,
educational effectiveness can be expected by introducing dynamic computations during the strength contest. Because a
single opportunity does not lead to experience and knowledge, it is important to repeat the process of experiential and
conceptual learning.
KEYWORDS: Wooden truss bridge, Strength contest, Teaching effectiveness

1 INTRODUCTION 123
Measuring the levels of understanding in students who
have just started to learn structural mechanics is
important for deciding whether to move on to the next
step in the educational process. A student’s comment
that he/she “understood” a topic often does not
correspond to his/her actual understanding of the topic.
Many teachers have observed this phenomenon and are
disappointed with the results. This phenomenon is
because of either students’ misunderstanding regarding
their comprehension or their weakening of
“understanding” with time. Relatively more serious
cases are those in which students do not express that they
“understood,” i.e., they do not have interest in learning
structural mechanics. Such students simply view
structural mechanics as a requirement for graduation and
only care about passing the examination.
In a previous study [1], by conducting wood workshops,
we showed that the following activities are important: 1)
experiencing mechanical dynamisms such as the weight
of wood and the flow of force, 2) stimulating students’
interest, 3) describing architecture, space, structure, and
mechanics as one overarching system, and 4) repeating
these experiences. We also showed that many students
had problems in understanding the concept of bending
moment. We have not changed our stance that it is
effective for students to use wood to understand its
structure. As a result, it is important to develop an
1
2

Shinsuke Kawai, Kyoto Prefectural University,
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Atsushi Tabuchi, Kyoto Prefectural University,
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educational method for realizing experience, the
stimulation of interest, the transfer of experience to
knowledge, and repetition.

2 PURPOSE
The truss bridge strength contest is widely known and
used in many educational settings. Understanding the
mechanics of a truss leads to an understanding of its
structure. A bridge is a simple structure that promotes
the creativity of students’ learning about structures. The
challenge of the contest also stimulates interest. In this
study, through the truss bridge strength contest, we aim
to evaluate the educational effect on the students of the
sequence from imagination to dynamic computations.

3 METHODOLOGY
We established the truss bridge contest as a team
challenge. Based on the given conditions, each team 1)
evaluated the strength of a truss bridge by imagining its
shape and 2) developed a truss bridge comprising wood
members. We then held the strength contest. 3) We
conducted a questionnaire investigation immediately
after the strength contest. 4) In the final examination of
the class, students conducted dynamic computations, and
based on these computations, their levels of
understanding were evaluated.
3.1 WOODEN TRUSS BRIDGE STRENGTH
CONTEST
We presented conditions for construction and general
images at the guidance session at the strength contest on
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May 9, 2014 (Figs. 1 and 2). Conditions for construction
are as follows.
1) The span of fulcrums is 900 mm, and the width of the
sill is 150 mm. A concentrated load of 4.9 N for 10 s is
applied at the center, and the change in the central
deflexion is measured.
2) Thereafter, a load test is conducted until the structure
collapse, and the breaking load is measured.
3) The framework of the truss bridge is formed on a sill,
as shown in Fig. 1; there is no restriction on the height.
The truss beam consists of two surfaces that are attached
to the outside of the sill.
4) Only 2 mm × 2 mm square members of cypress can be
used for the framework of the truss bridge, and only
adhesive can be used to attach the parts of structures.
The sill is formed with 4 mm × 4 mm square bars of
cypress, according to the instruction presented in Fig. 1.
Members A and B must be perpendicular to member C.
5) A joint is placed at the location of member A.
6) Members may be added between members A and B.
7) The total mass must be 600 g or lower.
cypress
cypress,

cypress

cypress,

cypress

cypress

Table 1: Outline of the strength contest

Date
School grade

2014.6.27
2nd grader, 3rd grader (2nd time)

Entry number of
10 (5-7 people per team)
teams
Production period About 2 months
3.2 QUESTIONNAIRE SURVEY
The survey included the following content: 1) whether
students understand bending moment distribution and
shearing force distribution when applying a central
concentrated load on a simple beam, 2) whether they
used such knowledge in their designs of a truss bridge,
3) comparison between expected and actual
displacements, and 4) whether this exercise was
interesting to students.
3.3 FINAL EXAM
A problem in the final exam considered the structural
mechanics of a truss bridge. The problem differed for
each team in that students were asked to perform
dynamic computations for the truss bridge shape that
their team designed.

4 CONCLUSIONS
4.1 WOODEN TRUSS BRIDGE STRENGTH
CONTEST

Figure 1: Size and dimensions of a member

Figs. 3–12 show the pictures of truss bridges developed
by 10 teams before and after the measurement.
Table 2 shows the results of the strength contest. The
maximum displacement (2060.6 × 10−3 mm) was that of
Team #4, and the minimum displacement (635.1 × 10−3
mm) was that of Team #8, differing by a factor of
approximately 3 from the maximum value. The average
displacement was 1322.6 × 10−3 mm. The maximum
specific rigidity (63.2 N/mm g) was that of Team #2, and
the minimum specific rigidity (29.8 N/mm g) was that of
Team #4, differing by a factor of approximately 2 from
the maximum value. The average specific rigidity was
44.4 N/mm g.
Table 2: Results of the strength contest
Displacement Rigidity Weight
Team

Figure 2: General image of a truss bridge

Table 1 presents an outline of the strength contest.
Evaluation was performed by applying a concentrated
load of 4.9 N at the center for 10 s, and then, the average
value was calculated by dividing the displacement (mm)
over the 10-s period by the mass. The displacement was
measured using a displacement sensor.

(10-3mm)

(N/mm)

(g)

Specific
rigidity
(N/mm g)

Breaking
load
(N)

#1

1098.9

4.5

85.6

52.1

36.3

#2

838.8

5.8

92.4

63.2

60.8
20.6

#3

1551.8

3.2

89.9

35.1

#4

2060.6

2.4

79.7

29.8

#5
#6

1747.6
1734.3

2.8
2.8

83.8
83.7

33.5
33.8

30.4
26.5

5.4

102.8

52.2

43.1

7.7 126.7

60.9

51.0

50.5
32.9
44.4

34.3
34.3
37.5

#7

912.5

#8

635.1

#9
#10
Average

1028.7
1617.4
1322.6

4.8
3.0
4.2

94.4
95.1
93.1

・・・
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Figure 5: Team #3, top: before measurement; bottom: after
measurement

Figure 3: Team #1, top: before measurement; bottom: after
measurement

Figure 6: Team #4, top: before measurement; bottom: during
measurement

Figure 4: Team #2, top: before measurement; bottom: after
measurement

Figure 7: Team #5, top: before measurement; bottom: after
measurement
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Figure 10: Team #8, top: before measurement; bottom: after
measurement

Figure 8: Team #6, top: before measurement; bottom: after
measurement

Figure 11: Team #9, top: before measurement; bottom: after
measurement

Figure 9: Team #7, top: before measurement; bottom: after
measurement

Figure 12: Team #10, top: before measurement; bottom: after
measurement
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For bending moment distribution in Q1, 56% of
responses were “understood very well” or “understood
slightly.” Because the curriculum is not yet at the stage
of advanced topics, the result corresponded to the
problem highlighted in our previous study [1]: the
concept of bending moment is the bottleneck in
understanding structural mechanics (Fig. 13).
Alternatively, 94% of students significantly or slightly
applied their knowledge to their truss bridge designs
(Q2). This result is contradictory in that the percentage
of students applying their knowledge is higher than that
of students indicating that they understood the concept,
which implies that students merely applied abstract
concepts.
For shearing force distribution in Q3, 47% of responses
were “understood very well” or “understood slightly.”
Alternatively, 89% of students significantly or slightly
applied their knowledge to their truss bridge designs
(Q4). This observation is the same phenomenon as in the
case of bending moment.
For Q5 regarding the expectation for the displacement,
20% of students responded that the displacement was as
expected, 48% responded that the displacement was
more than expected, and 33% responded that the
displacement was less than expected. Finally, 87% of
students showed slight to significant interest (Q6). Based
on the results, approximately 50% of students deepened
(albeit not sufficient) their knowledge and approximately
20% of students grasped the concept well; moreover,
students generally showed a positive attitude to the
educational program of the strength contest.
To further investigate students’ recognitions, we
analyzed the correlation between the strength contest and
students’ recognition (Fig. 14). The levels of the
understating of bending moment distribution in Q1,
“understood very well,” “understood slightly,” “did not
understand very well,” and “did not understand at all,”
do not correspond to the rankings of the specific rigidity.
In other words, there is no strong correlation between
students’ recognition and the ranking of the specific
rigidity. Similarly, in Q3, there is no strong correlation
between the understanding of shearing force distribution

and the ranking of the specific rigidity. This result
indicates that students’ recognition regarding their level
of understanding does not correspond to the results of
the test.
Considering expectations for the displacement in Q5, the
percentage for “as expected” was low. Furthermore,
despite the result being as expected, some teams ranked
low. This result implies that their target displacements
were incorrect.
0%

10%

20%

30%

40%

50%

60%

70%

80%

90%

100%

1

2

Question

4.2 QUESTIONNAIRE SURVEY
Specific questions and results of the survey are as
follows.
The survey included the following content:
Q1: Do you understand bending moment distribution
that occurs when applying a central concentrated load on
a simple beam?
Q2: Did you apply your knowledge of bending moment
distribution in Q1 to your design of a truss bridge?
Q3: Do you understand shearing force distribution that
occurs when applying a central concentrated load on a
simple beam?
Q4: Did you apply your knowledge of shearing force
distribution in Q3 to your design of a truss bridge?
Q5: Compared to the expected displacement from the
design, was the displacement in the strength contest
large or small?
Q6: Was the truss bridge strength contest interesting?

3

4

5

6

Figure 13: Percentages of responses

Figure 14: Correlation between the recognition of the level of
understanding and the ranking of the strength
contest
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4.3 FINAL EXAM
In the final exam, we assigned five problems regarding
dynamic computations. One of the five problems
involved the truss bridge; this problem was the last
question. Students selected the shape of a truss bridge
designed by their team and were asked to compute the
axial force on the truss member (○ in the figure)
modeled by the test giber in one dimension (Fig. 15).
This problem was worth 10 of a total of 100 points.

The average score for this problem was 1.8 points, which
was very low. Twenty students did not even work on this
problem (Table 3). In other words, it is surmised that
students spent a long time in solving other problems and
did not reach the last problem.
Therefore, we excluded students who scored 0 points on
the truss bridge problem. However, the average score for
this problem among students who scored 1 or higher was
2.9 points, which was still low.
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Figure 15: Modeled exam problem of the truss bridge
Figure 15: Modeled exam problem of the truss bridge

l
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For bending moment distribution by the central
concentrated load on a simple beam, students who
answered “understood very well” and “understood
slightly” scored slightly higher (i.e., 3–5 points) than
those who answered “did not understand very well” and
“did not understand at all.” However, the overall
difference in the score was significantly small (Fig. 16).
For shearing force distribution by the central
concentrated load on a simple beam, students who
answered “did not understand very well” and “did not
understand at all” scored slightly higher (i.e., 0–1 points)
than those who answered “understood very well” and
“understood slightly.” However, the overall difference in
the score was significantly small, similar to the bending
moment case.
There was a large discrepancy between students’
recognition of their understanding (as studied by the
survey) and the actual results of their dynamic
computations.
We analyzed the correlation between the score on the
truss bridge problem in the final exam and the ranking in
the strength contest (Fig. 17). The top students in the
specific rigidity ranking did not necessarily have high
scores on the problem in the final exam. The students of
lower ranking tended to score 3 points or lower.
However, the difference in the points was small.
The top students in the breaking load ranking did not
necessarily have high scores on the problem in the final
exam. The students in lower ranks in the breaking load
ranking tended to score 3 points or lower, similar to the
case of the specific rigidity. In either case, the difference
was not significant.

computations of structural mechanics,
undergoing experiential learning again.

and

then

Table 3: Modeled points for truss bridge dynamic
computations
Score
Number of people

0
20

The actual number

-

1
7
7
23

2
7
7
23

3
8
8
26

5
9
9
29

Total
51
31
100%

4.4 SUMMARY
We summarize the results of the test as follows:
1) Each student’s recognition of her/his level of
“understanding” is ambiguous.
2) Because students merely applied their ambiguous
understanding to their truss bridge designs, their work
was not reflected in their ranking in the strength contest.
3) Students were generally interested in the truss bridge
strength contest.
4) Students who reported that they “understood very well”
or “understood slightly” scored slightly higher than the
others in the final exam. However, differences among
students were small.
5) Students of lower ranking in the strength contest
tended to score slightly lower in the final exam.
6) Therefore, educational efficacy can be improved by
combining dynamic computations and applying this
combination to truss bridge designs instead of using
students’ recognition of “understanding” as the basis.
7) Instead of having students perform dynamic
computations long after they designed a truss bridge, it is
necessary for them to perform computations during the
design process when the interest level of each student is
high.
8) Only a unidirectional approach of experience, interest,
and knowledge cannot be a sequential system. We
believe that over a half year period, a positive feedback
loop of understanding can be rendered by starting with
experiential
learning,
training
in
performing

Figure 16: Correlation between the recognition of
understanding and exam score

Figure 17: Correlation between the ranking in the exam and
results of the strength contest
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WOOD STRUCTURES EDUCATION IN NORTH AMERICA : SURVEY OF
CONTENT AND NEEDS
Daniel P. Hindman1

ABSTRACT: One source for engineering, architecture and design professionals to obtain information about wood design
is through university level instruction. This paper describes the results of an online survey sent to educators in wood
design construction. The survey included demographics of the program and students, level of support provided by
industry, trends for future teaching, and content discussed. Results from twenty-six faculty were collected, representing
nineteen states in the United States and one Canadian province. Student demographics were similar to civil engineering
programs previously surveyed. While faculty indicated involvement with trade associations, in-depth knowledge of
programs offered was lacking. Overall, the trend was to have similar or increasing enrollment within the next five years.
Topic surveys noted a lower emphasis on evaluation service reports, wood composites and specialty hardware. Faculty
noted that increased industry involvement within the curriculum and larger program was desired.
KEYWORDS: Wood Design, University Education, Pedagogy

1 INTRODUCTION 1 23
The design of wood structures is different from many of
the design procedures used in steel and concrete due to the
lower stiffness and density of wood, variability, and
viscoelasticity. As the area of ‘mass timber’ continues to
grow, engineers are now being asked to design wooden
structures in the area of 8 to 15 stories.
Across the country, there is little connection between
faculty and other educators who are teaching design of
wood structures classes.
Previous authors have examined the trends of graduates
from various university programs who have experience in
the area of wood design. Wood design for the purpose of
this paper is defined as a course after the study of
mechanics of materials and statics which focuses on the
design methodology associated with specifying wood
members, connections in wood and ultimately design of
buildings according to the National Design Specification
for Wood Construction (NDS) [1], which is the design
literature recognized for the International Building Code
(IBC) [2] in the United States.
Instructional courses in wood design have been taught in
a variety of departments including civil engineering,
wood science / forest products, architectural engineering
and agricultural engineering [3]. Because of changes in
1
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curricular programs, the number of students taking wood
design courses has been reduced from 13-14% of civil
engineering departments in 1979 to 9% in 1994 [3]. More
recent data on the trends is not readily accessible.
Gupta and Gopu [4] note that several of the challenges to
the pursuit of wood design education include credit hour
restrictions in civil engineering programs, declines in
research funding, lack of coordinated industry support and
lack of adjunct faculty. Changes in the university
structure have placed a greater emphasis upon developing
core competencies of students, including soft skills
(writing, presentation, culture). Funding support for
wood research has been declining over time and is
currently very sparse with little industry support. Industry
involvement and participation is not uniform and does not
demonstrate job potential for students. Adjunct faculty
are a method used to supplement experience lacking in
current faculty, but are highly susceptible to budgetary
constraints.
Fridley [5] emphasized the link between research funding
and wood design education, noting that professors with a
solid research program are encouraged to share this
information with students to help promote graduate level
research.
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The comments from the sources cited above are based on
the opinions of a select few faculty in this field. One
source [3] openly questioned if there is an enrollment
concern with wood design, or if demand for students with
wood design skills are currently being filled. There seems
to be a need for data of current wood design programs
within the current North American education system to
understand the needs of current faculty and assess the
expectation of future classroom education.
The purpose of this paper is to present the results of a
survey sent to current wood design educators in North
American to assess, the current student population,
faculty attitudes and trends, and examine the generalized
course content of these classes. The future value of this
survey will be in re-administering this survey in the
future, where trends in education can be observed.

2 METHODS
2.1 SURVEY INSTRUMENT
A survey instrument was created using the
www.survey.vt.edu application tool available to members
of the Virginia Tech community. The survey website is a
secure location which can be accessed by a web address.
The survey was administered in the fall of 2014. A copy
of the survey used in included in the Appendix. Survey
respondents are able to answer as many questions as they
wish, and can visit the survey multiple times if multiple
classes are taught.
Before the survey was implemented, the survey
instrument was vetted through the Internal Review Board
at Virginia Tech.
Distribution of the survey was done by emails sent to civil
engineering, architecture and wood sciences/materials
programs which contained a wood design classroom
component. Faculty were also encouraged to send the
survey to other colleagues. The survey included a review
of topics discussed, demographics of the student
population, and open-ended questions about wood
structures education in general.
2.2 SURVEY CONTENTS
The survey was divided into four main parts, shown in
Table 1. The demographics section was used to
understand the placement of the class within the
university curriculum and understand the background of
students participating in the class. Understanding the
gender and racial/ethnic identity of students can be used
to assess if wood design curriculums are promoting
STEM topics to under-represented groups.
The support section was used to understand the
involvement of guest speakers and trade associations
within the wood design programs. One of the benefits of
involvement within the American Wood Council is to
provide free National Design Specification of Wood
Construction manuals to students.
The personal
experience of the author is that students appreciate this
support by the industry.

Table 1: Survey Questions Used

Topic

Demographics – Name of class,
instructor, student demographics
Support – Involvement of
industry and trade associations
Trends – Previous teaching,
anticipation of future teaching
Content of Course

Number of
Questions
7
5
6
35

The trends section was used to establish an idea of the
changes in wood design education over the past years and
to understand what educators anticipate their future needs
to be.
The content section included a list of thirty-five
anticipated topical areas which may or may not be covered
in wood design classes. Topics included material
properties, member design methods, connection design
methods, lateral design elements, different types of wood
construction methods, and economic/perception topics of
residential construction.

3 RESULTS AND DISCUSSION
3.1 Survey Results
A total of 26 responses to the survey were received from
19 different states and one Canadian province. One
participant commented on the difficulty of entering
multiple classes while maintaining the same instructor
information. This may be a survey improvement in future
versions. According to the estimates of class size, 868
students in the twenty-six institutions were involved in a
wood design course.
Twenty-two of the respondents used a traditional
classroom delivery, while four respondents used a hybrid
version of the classroom and online system. More details
about the hybrid classrooms were not obtained and may
be of interest for future survey versions.
3.2 Demographics of Students
The percentages of students recorded were combined with
the total numbers of students estimated to provide
averages of the number of students educated in a typical
year. Seventy-six percent of the students were male, and
24% of the students were female. This percentage of
female students was slightly greater than the average of
21% reported for female students earning a B.S. degree in
Civil Engineering in 2011 [6].
The racial and ethnic diversity of students was 71%
White, 13% Asian American, 9% Latino/Hispanic, 4%
Other, 2% African American, and 1% Native American.
According to Yoder [6], the percentages for White
(69.8%), Asian American (12.2%) and Latino/Hispanic
(7.0%) students were similar to the demographics. In
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particular, African American students were involved in
wood design much less than in Civil Engineering
programs.

associations may not be extensive. Future questions such
as knowledge of special programs may help to understand
the depth of involvement by faculty.

Several faculty did not report the racial and ethnic
composition of their students. During the survey, the
author was contacted by a faculty member who refused
any participation in the survey because student
demographics relating to gender and racial/ethnic identity
were being collected.
The National Academy of
Engineering published a study called Diversity in
Engineering: Managing the Workforce of the Future [7].
The NAE noted that diversity is needed to fill future
STEM positions with engineers and account for the
greater diversity of the general population. Perhaps the
greatest reason to emphasize diversity in the workplace
was that “the more different perspectives that can be
brought to bear on a problem, the higher the probability o
identifying the optimal solution” [7]. If we as faculty
refuse to acknowledge the wealth of diversity of our
students, we risk alienating them and further creating a
divisive environment where learning does not take place.

Discussions of teaching efforts and pedagogical methods
can help faculty with challenges and increase teaching
effectiveness. Of the respondents, only 38% (10/26)
reported having discussions about wood design courses.
The lower response to this question may indicate that
forums or locations where wood design pedagogy is
discussed may be helpful.

3.3 Trends Among Faculty
3.3.1 Faculty Involvement With Wood Industry
Faculty responses to questions about involvement with
the wood industry are shown in Figure 2. Fifty eight
percent (15/26) of the respondents used guest speakers in
class. Eighty eight percent (23/26) had contact with the
American Wood Council or another trade organization.
This response was considered a positive trend for industry
involvement and may be a possible source of
communication between faculty and programs in the
future.

Include Guest Speakers
in Class?

Faculty were asked about previous teaching efforts and
student numbers, as well as future student numbers and
class continuation.
Seventy-one percent of the
respondents felt that the wood design class would be
taught at their university 5 years from now, while only 7%
speculated that the class would not be taught. Some of
these were due to retirement of faculty with expertise in
the wood design area. Fifty-four percent of respondents
anticipated stable enrolment in their classes, while 21%
anticipated increasing enrollment.
Faculty responses to questions about the future teaching
of wood design classes at their institutions and responses
are shown in Figure 3. Only 11% (3/26) of the faculty
were unsure if the wood design class would be taught in
two years, while 68% (19/26) indicated that they expect
the class will be taught. Several faculty indicated that they
were unsure of the future of the wood design class due to
their retirement. Another question asked about stable or
increasing enrollment. Fifty-eight percent (16/26) of the
faculty felt that enrollment would be stable over five
years, while 25% (7/26) felt that enrollment would
increase. Generally, the growth of the wood design
programs seemed stable to positive overall.

58%

Contact with AWC or
other Organizations

88%

Aware AWC can provide
free NDS books

54%

Routinely talk with
colleagues teaching…

38%

No

Unsure If Class Taught in
11%
5 Years
Class Would Be Taught In
5 Years

68%

Anticipated Stable
Enrollment

61%

Anticipated Increasing
Enrollment

0% 20% 40% 60% 80%100%
Yes

3.3.2 Faculty Evaluation of Future Enrollment

N/A

Figure 2. Survey Responses of Faculty Involvement With Wood
Industry

Through contact with the American Wood Council, the
organization can help connect faculty members with
industry supporters in order to obtain lower cost versions
of the NDS design code for students. Only fifty-four
percent (14/26) of the respondents knew of this program.
While the faculty members may have contact with the
trade associations, the involvement with the trade

25%
0

5

10

15

20

Figure 3. Survey Responses of Faculty Future Teaching

Faculty were asked “What could be done at your
institution to better promote or enhance a wood design
course?” and the complete list of responses is shown
below. The responses are wide-ranging, including issues
of internal support and communication within each
institution, as well as support and involvement from the
external wood design community.
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•
•
•

•

•
•

•

•

•

•

•
•

•
•
•

•
•
•

•

Offer it more frequently and/or make it an
obligatory course
Industry support is totally lacking
Wood design is just another graduate course.
When I retire in a few years, it will likely no
longer be taught.
Hire someone to teach it – I am no longer a
faculty member in CEE; therefore the course is
unlikely to be offered again
Communication with Civil Engineering
Competitions (especially national ones like the
Wood in Transportation) really inspire
students.
Teaching the courses well should promote it.
Our wood design class is an elective course.
The students seem to like this class because the
course is very practical.
Allow a reduction in the number of core courses
required for CE degree giving more choice in
CE courses
Not sure why we would want to promote it at
the expense of other course. It could be
enhanced with good field trips to construction
sites or lumber mills / fabrication shops
Need to find more resource and marketing
opportunities. This is an undergraduate /
graduate level course. Having opportunities for
students to get involved in research or practical
applications sides through scholarships or any
other resources to motivate
Make it a course on its own, not combined with
masonry, steel joist, etc.
We’ve just changed our curriculum, so I expect
enrollments to increase because now students
will be able to specialize in a CE area, e.g.,
structures.
Better access to software and other tools.
More guest lectures about wood design
More in-class examples of testing. Would love
to be able to show bending, compression, and
shear in real examples. We had an older
machine where we could test loads on members
but got lost in a fire. Been thinking about
bringing them to the gym and just loading
members with weights.
Encourage students to explore the art/technique
of Structural Engineering
Split masonry out
Due to other teaching needs, this course is
offered every 3 semester. It will give students
more opportunities to take the class if it can be
offered every year (every 2 semesters).
Acceptance into the Civil program.

Faculty were also asked “What could professional
organizations do to promote or enhance your wood design

course?” and the complete list of responses is shown
below. Most of the responses involve some kind of
engagement of the professional organizations or
professional members with the classroom. The majority
of comments are student-centered, focusing connecting
the skills and tools students have to real world
experiences. It is important to note that the intent of this
question is to gain and understanding of the current
attitudes of faculty teaching wood design courses.
Communication is a two-way process, which requires
involvement with both faculty and industry.
•

•

•
•
•
•
•
•

•
•
•

•
•
•
•
•
•

Offer speakers for presentations, and free
published materials (particularly codes) for
students
Student activities, conference attendance
support for students, student competitions.
Funding for projects and undergraduate
research activities.
Put reference materials online in more
systematic manner.
Realize importance of wood design to ALL
structural engineers
Sponsor student competitions
Offer a wood teaching kit with course book
(CWC does something similar)
Support software like the US version of
WoodWorks Design Office
Provide articles on codes / standards and
design procedures as applied to wood and
the logic behind the formulas /
requirements
More discounts for students getting the
codes.
Fund research
Free NDS is great, having samples from
Simpson, BCI, Weyerhaeuser etc. always
nice, and having more and better examples
of connection materials would improve
student experience.
Example building designs?
Information on CLT appropriate to a first
course in timber design
My courses are posted on the web
AISC,NDS, APA-EWP [EWS], ACI,
NELMA
Offer free textbooks for students – YouTube
movies on AWC website are good.
Recognize wood is a material just like steel
and concrete

Only one response to increase research funding was
recorded. This seems counter to several of the previous
studies [4,5] that seemed to indicate that research was a
crucial part of faculty engagement. However, research
funding was not a topic of a question in this survey and
was only brought up by the survey respondents, not
mentioned in the survey itself.
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3.4 Content of Courses
The course content section was based on a five point
Likert type scale, where respondents were asked to select
a value from 1 to 5. ‘One’ corresponded to no mention of
the content, ‘three’ corresponded to some mention, and
‘five’ was a course subject. The results for each topic are
presented graphically showing the Likert values as well as
a ‘no response’ category. The colour gradient of the
categories is linked to the response, so that the colour for
one is white, while the colour for 5 is black.
Course content was subdivided into four different
sections, including:
• Introductory Topics – These are ‘pre-design’
concepts including wood anatomy, building
codes, load path as well as other topics including
quality of construction and economics
• Member Design – Design of individual wood
members and connection design
• Lateral Design – Topics pertaining to lateral
design
• Building Design / Type of Structures – This
section focused on full-sized building examples,
as well as different types of wood construction
from light-frame, including heavy timber, post
frame and CLT.
Figure 4 is a graph of the Introductory topic results. The
most commonly discussed topics were the building code,
loads on structures and the load path. Topics which
received little discussion included Evaluation Service
Reports, Vibration, and the Economics / Buying a Home
topics. The light coverage of Evaluation Service Reports
(ESR) is surprising. In the United States building code,
any product which is not directly mentioned in the design
literature must have an ESR from a recognized third-party
certifier. Products with ESRs can then be used by
members of the construction community without prior
approval and design by a structural engineer, which can
become quite expensive. Common wood products which
are included in ESRs include wood composites (LVL,
PSL, I-joists) as well as various metal connectors.
Figure 5 is a graph of the Member Design topic results.
The most commonly discussed topics were solid lumber
properties, as well as bending, tension and compression
design of members. Topics of a moderate level of
discussion included glued laminated lumber, sheathing
products, connection properties including connection
theory, and the design of lateral and withdrawal type
connections.
The subjects which received the least content included
wood composites (LVL, PSL, OSL) and specialty
connections (metal plate connectors, heavy timber
brackets). The lack of content related to the ESRs
expressed in the Introductory topics seems to tie in with a
lack of content on wood composite materials and
speciality connections expressed in the Member Design
topics.

Wood Anatomy,
Shrinkage / Swelling
Construction Methods
Building Codes
Evaluation Service
Reports
Loads on Structures
Load Path
Vibrations /
Serviceability
Economics / Buying a
Home
Quality of Construction
0% 20% 40% 60% 80% 100%
Not Mentioned
Briefly Discussed
Course Subject
No Response
Figure 4. Course Content Survey of Introductory Topics

Solid Lumber Properties
Glulam
Sheathing
Other Wood Composites
(LVL, PSL, OSL)
Bending
Tension
Compression
Connection Theory
Shear Connections
Withdrawal Connections
Specialty Connections
0%
50%
Not Mentioned

100%

Briefly Discussed
Course Subject
No Response
Figure 5. Course Content Survey of Member Design Topics

WCTE 2016 e-book | 6225

As greater emphasis is placed upon larger and more
complex wood construction systems, such as mass timber,
the use of wood composites and specialty connection
hardware will become much more important.
Figure 6 is a graph of the Lateral Design topic results.
Most of the lateral design topics seemed well covered.
The lowest subject was ‘Anchorage Design’. Lateral
design has become a well-established methodology in
design and concern over the structural adequacy of
buildings loaded by wind and seismic forces has been of
great concern. Design of anchorages has probably
received less attention than other topics because of the
incorporation of specialty fasteners and connectivity
issues with other structural materials. While most design
curriculum contain courses where the individual design of
wood, concrete and steel elements are emphasized,
integration of the different materials to create a realistic
building scenario is not commonly included in
curriculum.

Full-Size Buildings (Light
Frame)
Multi-Family Design
Timber Frame
Post and Beam
Post Frame
Massive Timber / CLT
Fire
Temporary Structure
Formwork
0% 20% 40% 60% 80%100%
Not Mentioned
Briefly Discussed

Theory of Lateral Design

Course Subject
No Response

Diaphragm Design

Figure 7. Course Content Survey of Building Design Topics

Transition Members
(Chords/Struts)

4 CONCLUSIONS

Shearwall Design
Anchorage Design
0%

50%

100%

Not Mentioned
Briefly Discussed
Course Subject
No Response
Figure 6. Course Content Survey of Lateral Design Topics

Figure 7 is a graph of the Building Design topic results.
Overall, these results had the lowest average scores and
least number of ‘5’ values compared to the other graphs.
The topic with the most interest in Figure D was full-size
building using light frame design. Several of the topics
had very little content inclusion, such as ‘Multi-Family
Design’ and ‘Formwork’, which had more than 50% of
the respondents indicating a ‘1’.

A survey of the faculty teaching wood design classes was
conducted, including topics of student demographics,
trends in teaching, and content of wood design classes in
North America. This survey provided results as to the
type of students participating in wood design classes and
content of modules. A diverse body of students, similar
to current levels of men/women and students of different
racial/ethnic identity as civil engineering programsin
general were found.
According to this survey,
approximately 868 students learned about wood design in
2014.
Faculty indicated involvement with the American Wood
Council and other trade associations, but did not appear to
have knowledge of some of the programs targeted towards
students. In general, faculty indicated a positive response
for growth of wood design enrollment, with 61%
indicating stable enrollment and 25% indicating increased
enrollment. Anecdotal comments from faculty on
promoting student numbers in courses focued on internal
university issues and involvement with trade associations,
particularly in terms of access to guest speakers.
Recommendations
include
increasing
industry
involvement in classes, and developing a forum or
connection for faculty to discuss wood design pedagogy.
The content section provides some interesting groupings
of topics which have received little attention. Topics
which have received less attention included evaluation
service reports, wood composites, specialty connections
and anchorage design. All of these topics are related, with
the evaluation service reports acting as the tools needed to
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understand the use and role of proprietary wood products
in the wood design literature and building codes.
The content section also demonstrated that most of the
coursework is focused on a basic understanding of the
elements of design and individual member design, as well
as lateral design. More advanced topics including
specialized construction methods such as timber frame,
post frame and massive timber were not included.
However, the courses that students are taking are
absolutely essential for the understanding of this material.
4.1 RECOMMENDATIONS

[3] Testa B. M., Gupta R. Ivory Towers: The Status of
Wood Design Education in American Universities.
Engineered Wood Journal, Spring 2004
[4] Gupta R., Gopu V. Wood Engineering Education –
Trends and Challenges. Structures Congress 2005.
OAmerican Society of Civil Engineering, 2005
[5] Fridley K. Wood Engineering Education: Balancing
the Needs. In Structures 2005, American Society of
Civil Engineering, 2005
[6] Testa B. M., Gupta R. Ivory Towers: The Status of
Wood Design Education in American Universities.
Engineered Wood Journal, Spring 2004
[7] National Academy of Engineering. Diversity in
Engineering: Managing the Workforce of the Future.
National Academy Press, Washington, D.C., 2002

The situation of wood design education seems to be in the
ascent, with 25% of the respondents predicting increased
enrollment speculation. This appears rather hopeful for
the continued growth of engineers who are
knowledgeable about wood design.

APPENDIX –WOOD STRUCTURES
EDUCATION SURVEY

The survey content reveals a troubling fact that there is
little content on wood composites and other proprietary
products for wood design included in the curricula.
Exposure to a wide variety of products is helpful for
students to realize the design options and tools available.

Thank you for completing this Wood Structures
Education Assessment. Please fill out all questions below
to the best of your ability.
Demographics
1. Course Name:

From faculty comments, industry support of academic
programs is a common theme. Industry has a great wealth
of knowledge and experience to share with students.
From personal experience, the author has seen many times
how effective members of the active design community
can reach students and communicate needs more
effectively than faculty can.
4.2 SURVEY REVISION
The express hope of this project is that this survey or a
similar instrument will be re-administered in
approximately 5 years (2020). At this time, comparisons
of data can be made to gain a deeper understanding of
trends within the wood education area.
From conducting the survey, the following revisions /
changes are suggested:
• Focusing the survey more on individual classes
rather than a program (allowing multiple class
participation)
• Add blank columns in content section to allow
for suggestion of other topics
• Examine the textbook or slide sets used
• Inquire if a project is included in the class –
perhaps this section may require an interview
follow-up.

REFERENCES

[1] American Wood Council. National Design
Specification for Wood Construction, American
Wood Council, Leesburg, VA, 2015
[2] International Code Council. International Building
Code. International Code Council, Washington, D.C.,
2015

2.

Department Course is Offered In:

3.

Institution:

4.

Type of class (classroom/online)

5.

Approximate # sessions or hours

6.

Consider the classes you have had within the
last 5 years,
a.
b.
c.

d.

What is the average number of
students?
What is the average percentage of
i. Male students?
ii. Female students?
What is the average percent of
i. African American/Black
students?
ii. American Indian / Alaskan
Native students?
iii. Hispanic / Latino students?
iv. Asian American / Pacific
Islander students?
v. White / Caucasian students?
vi. Other students?
Student’s Major (check all that apply)
i. Civil Engineering
ii. Engineering Other Than Civil
iii. Wood Science (Biomaterials)
iv. Building Construction /
Architecture
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7.

Method of grading (exams, quizzes,
homeworks, project) and equivalent percent of
grade

Content
8. For the following topics, please rate the level of
discussion in your class on a scale of 1-5, where
1= not mentioned, 3= briefly discussed, and 5 =
course subject.
a.
b.
c.
d.
e.
f.
g.
h.
i.
j.
k.
l.
m.
n.
o.
p.
q.
r.
s.
t.
u.
v.
w.
x.
y.
z.
aa.
bb.
cc.
dd.
ee.
ff.
gg.
hh.
ii.

Wood anatomy / Shrinkage and
Swelling
Construction methods
(platform/balloon)
Building codes
Evaluation Service Reports
Loads on Structure
Load path
Solid lumber properties
Glulam properties
Sheathing properties
Other wood composite materials
Bending
Tension
Compression
Connection Theory (European Yield
Model)
Shear connections
Withdrawal connections
Specialty connections (timber rivets,
split rings, shear plates)
Temporary structures
Formwork
Theory of lateral design
Diaphragm design
Transition members (chords/ struts)
Shearwall design
Anchorage design
Full-size building examples
Post Frame buildings
Post and Beam buildings
Timber Frame buildings
Massive Timber / CLT buildings
Fire
Multifamily design
Economics / Buying a Home
Vibration / Servicability
Quality of Construction
Other: ___________________

Support
9. Do you include guest speakers in your course?
Please describe
10. Are there any guest speakers you would like to
have in your class? Why not?
11. Do you include the American Wood Council or
other trade organizations?

12. Are you aware that you can get free NDS books
for students from the American Wood Council?
13. Do you talk or work with other colleagues who
are teaching similar classes?
Trends
14. Over the last 10 years, have you seen a change
in the number of students taking your course?
Please describe.
15. What could be done at your institution to better
promote / enhance a wood design course?
16. What could professional organizations (ASCE,
AIA, FPS) do to promote / enhance your wood
design course?
17. In 5 years, do you think you will still be
teaching this course? Will the student numbers
change?
18. Is the wood design class a requirement in your
degree? Why or why not?
19. Other comments?

WCTE 2016 e-book | 6228

WOOD MODIFICATION RELATED RESEARCH AT THE UNIVERSITY
OF WEST HUNGARY
Róbert Németh1, Miklós Bak2, Norbert Horváth3, József Ábrahám4, Fanni
Fodor5, Károly Csupor6, Levente Csóka7
ABSTRACT: Wood modification in different ways dates back from decades at the University of West Hungary (Simonyi
Karoly Faculty of Engineering, Wood Sciences and Applied Arts, Institute of Wood Science). First investigations were
high pressure and temperature steaming, and ammonia treatment of black locust. Complex investigations were made in
terms of Hungarian hardwoods’ heat treatment in the project “Wood preservation without chemicals”. Due to this project,
also industrial developments were established in Hungary. Wood modification indicates a lot of research objective in our
institute. Wood modification processes indicate continuously new challenges. During the last years, special attention was
given to heat treatment processes in vegetable oils and paraffin, acetylation and some impregnation processes. The
application possibility of nano-scale materials in wood industry was also investigated.

KEYWORDS: Wood modification, Heat treatment, Acetylation, THM treatment, Nano-zinc, beeswax

1 INTRODUCTION 123

deteriorations, but often they are based on toxic materials.
Apart from the risks involved in using such materials for
treatments, there is increasing concern over the problems
arising in the disposal of the timbers after the end of their
commercial lifetime. Whilst the timber sector recognizes
these increasing safety requirements, it also realizes a lot
of research and development will be required in
overcoming these problems. Wood modification is a
generic term describing the application of chemical,
physical, or biological methods to alter the properties of
the material. The aim is to get better performance from the
wood, resulting in improvements in dimensional stability,
decay resistance, weathering resistance, etc. It is essential
that the modified wood is non-toxic in service and the
disposal at the end of life does not result in the generation
of any toxic residues [1].

Wood is recognised as the most important of the
renewable base materials with the added advantage of
being recyclable and CO2-neutral. It is a highly versatile
material and as such has been utilized in building and
construction. The demand for timber is continually
increasing, especially in slower growing hardwood and
tropical species. Such species offer a greater durability
and higher aesthetic qualities than many of the faster
growing softwood species. It is well known that there are
grave ecological and environmental concerns over current
‘virgin timber’ demands, and various attempts are
underway to prevent the demise of many of the
biologically diverse regions where these timbers
originate. A greater emphasis is now being placed in
sustainable harvesting of timber species, though the slow
growth of many species means a slow turnover in
materials and profits. Thus it is necessary to encourage the
use of faster growing timbers which may be readily gained
from such sustainable plantations. But wood is a
biodegradable material. Degradation leads to the
reduction in strength and the increased risk in structural
decay through fungal infestation. Many traditional
protection treatments currently exist to prevent these

The institute possesses a programmable heat treatment
chamber (Figure 1) in which it is possible the treatment of
maximum 60 cm long samples. In this electric heated,
with ventilators and control panels equipped device heat
treatment in normal atmospheric air can be realized. Due
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to the elaborated schedules and experience the good
quality of heat treated wood is secured.
In 2010 a combined heat treatment-steaming equipment
with 0,5 m3 capacity were purchased (Figure 2). This
autoclave is suitable for heat treatments up to 250°C
temperature in vacuum, inert gases and steam.
Investigated wood species so far: oak, turkey oak, black
locust, poplar, hornbeam, beech, maple, pine and spruce.

By means of heat treatments exotic and homogeneous
colour can be achieved in whole cross-section of the
wood. This property was very useful by producing of
flooring elements from the heat treated material (Figure
4). Beside of the favourable properties the bending, tensile
(20-40%) and impact bending strength (30-70%) was
decreased considerably. However, hardness and
compressing strength increased slightly. These increased
properties are also especially important during the
production of flooring elements.

Figure 4: Flooring elements with heat treated oak, turkey oak,
beech and ash top-layer (left to right)
Figure 1: Experimental heat treatment chamber

Figure 2: Combined treatment autoclave

As a result of the treatments durability was improved
remarkably and swelling decreased as well (Figure 3).

Figure 3: Improvement in durability of poplar wood against
Coriolus versicolor at different heating times (treatment
temperature: 200°C) [2]

Comparing different heat treatment methods, the
influence of the heat treatment medium and parameters on
the physical and mechanical properties was shown
significantly (Figures 5-8).

Figure 5: Effect of treatment parameters on the equilibrium
moisture content of spruce and beech wood (rh. = 65%, t =
20°C)

Figure 6: Effect of treatment parameters on the density of
spruce and beech wood (rh. = 65%, t = 20°C)
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3 HEAT TREATMENT IN DIFFERENT
FLUIDS

Figure 7: Effect of treatment parameters on the bending
strength of spruce and beech wood (rh. = 65%, t = 20°C)

Efficiency of heat treatment processes depends on the rate
and regularity of the heat growth in the wood, and on the
reducing of oxidative processes in the interest of avoid
unreasonable decomposition. Heat treatment in vegetable
oils (OHT) can be a solution for these problems. Wood
was heat treated in rapeseed-, linseed- and sunflower oil
at 160-200°C. Swelling properties decreased 20-60% and
strength decreased less than by heat treatment in a gaseous
atmosphere.
With applying paraffin (PHT) as heat treatment medium
instead of vegetable oils, similar results can be achieved
as well as moisture uptake decreased further because of
the thin paraffin layer on the surface [3]. During moisture
uptake, the change in moisture content of OHT wood was
similar to that of the untreated wood. After 48 hours the
moisture content increased only slightly, and all
specimens were close to their EMC (Figure 10). Similar
to the observations of Pfriem et al. [4] by another heat
treatment method it can be stated that OHT treatment
reduces the moisture uptake rate because heat-treated
samples adsorb less moisture during the same amount of
time than untreated samples. But in spite of the mentioned
authors, the saturation of the OHT and untreated wood
specimens occurs in the same duration.

Figure 8: Effect of treatment parameters on the modulus of
elasticity of spruce and beech wood (rh. = 65%, t = 20°C)

We analysed the effect of dry heat treatment on abrasive
resistance and hardness of wood species most frequently
used in flooring panels. (Figure 9). Although early- and
latewood proportion has influence on the abrasive
resistance, the average mass loss of heat treated beech
wood caused by sandblasting showed a near correlation to
the result of Taber test method.

Figure 10: Moisture uptake rates at normal climate (t= 20°C,
rh= 65%) for the several investigated periods (Treatment
medium: linseed oil

Figure 9: Heat treated beech sample after sandblasting

In spite of that, the change in moisture content of PHT
wood is significantly slower than that of the natural and
OHT wood (Figure 11). Natural and OHT wood reached
EMC already after 100 hours but PHT wood only after
200 hours. It is well known that the amount of sites which
are able to adsorb bound water (-OH groups) reduces due
to chemical changes during heat treatment [5]. The water
storage capacity of the wood therefore decreases.
Considering that saturation occurs during the same time
by natural and OHT wood, it is revealed that a decrease in
the moisture uptake rate in OHT wood is due to the
decrease in water storage capacity and the thin oil layer
on the surface of the wood does not have any effect on the
moisture uptake. However, the thin paraffin layer on the
surface of the PHT wood has some barrier effect against
moisture uptake.
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Figure 11: Moisture uptake rates at normal climate (T= 20°C,
φ= 65%) for the several investigated periods (Treatment
medium: paraffin

OHT has a significant influence on the moisture diffusion
properties as well. Moisture transport through the
untreated wood was significantly higher compared to the
heat treated samples in both radial and tangential direction
(Figure 12). As a result of heat treatments, diffusion decreased ~65% in tangential and ~80% in radial direction.
Diffusion of untreated material was lower in tangential
direction compared to the radial direction. In case of heat
treated samples these differences were diminished or
turned to the opposite between the anatomical directions.
The effect of treatment medium was not clear, this means
that the oil uptake and the thin oil layer on the surface does
not have significant effect on the diffusion of heat treated
wood.

Colour changes due to OHT were similar than by heat
treatments in a gaseous atmosphere (Figure 13). Initial
colour of OHT and PHT wood is almost similar, however
yellow hue (b*) of PHT wood is significantly higher than
by OHT wood. During weathering, both of OHT and PHT
samples darkened after 1 year of outdoor exposure, but
higher treatment temperature and longer durations
resulted in less darkening. Lightness of OHT wood
decreased more than lightness of PHT wood during
weathering. The lightness of the untreated samples
decreased permanently, but it remained squarely higher as
the lightness of the treated samples.
The red hue (a*) of the heat treated samples decreased
continuously during the whole period. Red hue of OHT
wood decreased more, than red hue of PHT wood. The
yellow hue (b*) of the treated samples declined
remarkably and continuously. At the end of the 12th month
differences were diminished between treated and
untreated samples in terms of yellow hue. The decrease in
b* values of OHT and PHT wood at 160°C were similar,
but heat treatment at 200°C resulted in different change of
the yellowish character in case of oil and paraffin. In case
of 200°C treatment yellow hue of PHT wood decreased
more pronounced compared to OHT wood.
The ΔE* values of all samples increased continuously
during the investigated period (Figures 14 and 15).
Because of the lower decrease in lightness and red hue,
total colour change of PHT wood is smaller by the 160°C
treatments. But in case of the treatments at 200°C, total
colour change of OHT wood is smaller, because of the
minor decrease in yellow hue. The material treated at
lower (160°C) temperature underwent more sever total
colour changes compared to the higher temperature
(200°C) by both treatments.
The colour changes of the treated samples did only exceed
the changes of the untreated materials in case of 160°C
treatment after one year weathering. The colour stability
of treated material is depending on the treatment
parameters, mainly on the temperature. Higher treatment
temperature is favourable for outdoor application
however on long term colour protection is needed for
aesthetical applications. By 160°C treatments PHT
suffered less colour change during weathering, but by
200°C treatments OHT resulted in better colour
protection. This result shows the importance of the
treatment medium well.

Figure 12: Density of water vapour flow rate for untreated,
oil-heat-treated (OHT) and steam-heat-treated (SHT) wood
material in tangential and radial directions

Figure 13: Colur change of poplar wood due to different heat
treatment schedules in linseed oil
Figure 14: Total colour change (ΔE*) of OHT wood during 1
year of weathering
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Figure 15: Total colour change (ΔE*) of PHT wood during 1
year of weathering

Further advantage of a heat treatment in vegetable oils is
the short treatment time (by a 25mm thick poplar board,
up to 6 hours including drying). However, it has to be
noted, that for example by black locust, which has closed
pore structure (thyloses), longer treatment times are
needed to avoid cracks and deformations [6].

4 THERMO-HIGRO-MECHANICAL
(THM) TREATMENT OF WOOD
In terms of a product often only one major property is
determining the usability of the wood species. In terms of
poplar woods indoor use surface hardness is the property
which limits the utilization. The goal in this case was to
produce a material with low density and high surface
hardness with using compression and heat on wood
(Figure 16).

Figure 17: Brinell-Mörath hardness of poplar wood
perpendicular to grain as a result of different THM process
schedules
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Figure 16: Parameters of the different THM process schedules

With Thermo-Hygro-Mechanical treatment – using heat,
steam and compressing on wood – hardness of poplar
wood can be increased from the very low 10 N/mm2 to 22
N/mm2. With 30% compression of poplar wood hardness
increases by 120% and reaches hardness of maple wood,
which is a popular wood species of flooring element
construction (Figure 17). Beside of the improved surface
hardness wood colour became brown in 2-3 mm depth [7].
The result of the treatment is the controlled cell wall
collapse in the surface region of the material (Figure 18).
As cell lumens are compressed perpendicular to the grain
and porosity decreases, it will result in increased surface
hardness and abrasion resistance of the material. It means
that it is possible to widen the utilization field of the
initially soft poplar wood material.

Figure 18: SEM micrographs of the changes in the anatomical
structure of poplar wood as a result of THM treatments with
different intensities at 350× magnification (from upside to
down: untreated, 10%, 20%, 30% and 40% compression)
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Beside the advantages, there are unfortunately some lacks
of the process as well. The process is very sensitive on the
material quality, mainly on the presence of cracks and
knots. Another important factor during the treatment is the
orientation of the annual rings. The annual rings have to
be oriented nearly perpendicular or parallel to the
direction of the compression force. Otherwise the result
will be often deformation or failures in the material
structures (Figure 19). The reason for the failures can be
too low density, not optimal moisture content of the
material, or the presence of the so called “wet pockets”,
with locally higher moisture content in the poplar wood
material. Failures occur mainly at the annual ring border
as the split-up of the annual rings. The reason for that is
the different behaviour of the earlywood and latewood
under compression.

result of acetylation (Figure 20), this means that the
weight loss by three types of fungal decay was below 1%.

Figure 20: Changes of the physical properties and decay
resistance of acetylated hornbeam wood compared to the
untreated material

Figure 19: Typical failures of poplar wood as a result of THM
treatment

5 ACETYLATION OF WOOD
One of the most common chemical modification
processes is acetylation, which changes –OH groups in
wood to acetyl-groups. In the centre of our first
investigations were black locust (Robinia pseudoacacia
L) and poplar (Populus × euramericana cv. Pannonia).
The swelling of poplar wood decreased by 70%, beside
that the mechanical properties remained unchanged.
Black locust cannot be effectively treated due to the small
penetration deepness caused by its tyloses. However, as
veneer or flake good result can be achieved (e.g.
production of weather resistant panels). Treated material
typically loses colour but with appropriate surface
finishing it can be brightened up. Acetylated wood has
pungent smell for a long time (evaporation of acetic acid),
furthermore by the application of hinges increased
corrosion have to be taken into account.
As a next step hornbeam (Carpinus betulus L.) wood was
acetylated in cooperation with Accsys Technologies (the
Netherlands). The results are promising, as the
equilibrium moisture content and fibre saturation point
decreased by 58% and 33% respectively, beside a slight
increase in the density (4-15%, depending on the moisture
content state). As a result of that, shrinkage decreased
remarkably as well. The decrease was ~80% in radial and
tangential directions, and ~60% in longitudinal direction.
Weight loss by decaying fungi decreased by 95-98% as a

Hardness increased in case of conditioned samples
(20°C/65%) by 50-70%, depending on the orientation.
However, in case of water-saturated material (over fibre
saturation point) the increase of the hardness was 110160%, depending on the anatomical orientation. In dry
state the MOR and MOE did not change significantly but
after water saturation the MOR and MOE of acetylated
hornbeam decreased less than in untreated form. The
compression strength and impact bending strength
increased by 43% and 69% due to acetylation,
respectively (Figure 21).

Figure 21: Changes of the mechanical properties of acetylated
hornbeam wood compared to the untreated material
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Usually acetylation has a slight effect on wood colour as
well, which can be darkening and lightening as well. It
depends usually on the initial colour and the WPG, that
means light coloured woods became slightly darker, while
dark coloured woods, slightly lighter [8]. Similar results
were found for acetylated hornbeam as well, as a slight
darkening was observed as a result of acetylation (Figure
22).

Impregnation with beeswax has a positive result that the
process decreases moisture uptake of wood significantly
(10-40%) and it increases the durability in short term
applications, thus it can be a natural based preservative for
wood without any chemicals. The advantage of beeswax
is its biological origin and its nontoxic nature. It is in
general not biologically stable. As a result of the
hydrophobic properties and the lumen filling, fungi can
decay wood only slower. To show this effect, untreated
and impregnated beech and poplar samples were put in
fertile compost soil for 18 months. The modulus of
elasticity (MOE) was determined after 1 and 18 months
of soil contact.
The protecting effect of beeswax could be observed with
visual inspection. The parts of both the untreated beech
and poplar samples that were put into the soil were almost
completely decayed after 18 months of soil contact
(Figure 23).

Figure 22: Colour change as a result of acetylation on
hornbeam wood (left: untreated; right: acetylated)

6 OTHER WOOD MODIFICATION
PROCESSES
In addition to the modification processes above, some
other processes were investigated too. First of all,
impregnation processes with beeswax or nanozincparticles can be highlighted. Both treatments have the
goal to improve fungal resistance of wood.
Table 1. shows the mean percentage mass loss of the
specimen test at higher (0.220%, m/m), lower (0.055%,
m/m) nano-zinc concentration and at control. There were
prominent differences in percentage mass loss based on
wood species and on preservative retention. Zincnanoparticles improved durability very effective because
already very low concentrations (0,22 and 0,055m/m%)
resulted in significant resistance against decay [9]. At
nano-zinc concentration of 0.220% (m/m) pine, spruce,
beech and poplar test specimens showed 2.48, 3.26, 13.1
and 12.35% of percentage mass loss respectively. Then at
nano-zinc concentration of 0.055% (m/m) pine, spruce,
beech and poplar test specimens showed 3.27, 4.62, 14.93
and 8.91% of percentage mass loss respectively. All the
specimens except poplar showed a decreasing decay as a
result of increasing nano-zinc concentration. Only pine
and spruce specimens exhibited a percentage mass loss
lower than 5% for both preservative concentrations.
Table 1: Percentage mass loss about the decay specimens

Treatment
group

pine
spruce
beech
poplar

Percentage mass loss
nano-zinc concentration
High
Low
concentration concentration
0.220%
0.055%
(m/m)
(m/m)
2.48
3.27
3.26
4.62
13.10
14.93
12.35
8.91

Control

23.05
38.49
23.01
22.55

Figure 23: Unimpregnated (a) and impregnated (b) beech
samples after 18 months of soil contact

As a result of beeswax impregnation, MOE at the absolute
dry state increased markedly, depending on the
impregnation efficiency, by 30 to 50% and 15 to 25% in
beech and poplar samples, respectively, when compared
to the control samples (Figure 24).
MOE decreased markedly during the exposure to soil
(Fig. 3). A strong decrease (30 to 60%) could be observed
in the MOE after one month of soil contact, but this is
mostly explained by the suspected increase in the
moisture content of the samples. The initial MOE was
determined for the samples at absolute dry states;
however, after one month of soil contact, the moisture
content of the samples should be increased considerably
(probably close to the fibre saturation point). As no decay
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could be observed on the samples, and however the
moisture content of the samples was not determined, a
high moisture content increase should be the reason for
the strong decrease of the MOE. After one month of soil
contact, no pronounced decay was expected, but it could
have had a slight effect on the elastic properties of the
wood.
During the next 17 months of soil contact, the MOE
decreased markedly. Untreated beech and poplar
specimens lost their load-bearing capacity completely
because wood destroying microorganisms (fungi and/or
probably some bacteria) destroyed their texture.
Accordingly, their MOE was 0 MPa because of the heavy
decay. Nevertheless, some load-bearing capacity of the
impregnated beech and poplar specimens remained.
Therefore, their MOE was measurable. Only a few
impregnated samples decayed to such a large extent that
the load-bearing capacity was under the investigation load
(150 N). The degree of pore saturation (DPS) had a
noticeable effect on the decay. Higher DPS for both beech
and poplar specimens resulted in a higher MOE after 18
months of soil compared to specimens with lower DPS.
Compared to the absolute dry state, after 18 months of soil
contact exposure, the MOE of beech and poplar wood
decreased from 65 to 80% and from 50 to 60%,
respectively (Fig. 4). Impregnation efficiency had a
marked effect on decay resistance, as higher DPS resulted
in a smaller decrease in the MOE of both beech and poplar
samples. The advantage of the beeswax impregnation is
that when the beech and poplar wood had higher DPS, it
resulted in a higher MOE at the wood’s absolute dry state
(before soil contact), and the higher MOE decreased less
during soil contact than it did for wood (beech and poplar)
with lower DPS. The decrease in the MOE was lower in
the case of the poplar in comparison with the beech
samples; thus, beeswax impregnation was more effective
in poplar wood for the prevention of a MOE decrease
during soil contact.

(parenchymatic cells) were filled with beeswax as well,
but because they have smaller lumen diameter, the ratio
of the beeswax filling was lower. In several parts of the
wood, the filling of the libriform cell lumens could also
be observed. However, after the beeswax impregnation of
the samples, the filling of the pores was, in most cases, not
complete. Vessels without beeswax could be observed as
well, mostly in the inner parts of the samples. These areas
could help the fungus to spread through the wood faster,
compared to the totally impregnated wood parts.

.

.
Figure 25: Beeswax filling the vessels (a) and coating the
inner side of vessels (b) of beech wood

Figure 24: MOE of poplar and beech samples (control and
with 3 different DPS) in the investigation periods

The beeswax could be well identified with SEM imaging
in the cell lumens, mostly in the vessels. Beeswax filled
the whole vessel lumen in most cases (Figure 25a), but
sometimes it only coated the inner surface of the lumen,
like a protective layer (Figure 25b). Vessels were
impregnated best with the beeswax, but it could be
observed in other cell types as well. Ray cells

Hyphae could be observed in large quantities only on the
surfaces of the specimens that had direct soil contact
(Figure 26a). Hyphae in the inner structure of the
specimens were rare to find, and only in lumens without
any beeswax (Figure 26b). The spreading of the hyphae
was physically inhibited by the presence of the beeswax
in the lumens, which slowed the progression of the fungi
in the wood. As beeswax has no biocide effect, only the
physical barrier effect can be the reason for the lower
decomposition of the impregnated samples than in the
control samples. This can explain the slower decay of the
impregnated samples. A higher ratio of filled lumens
better inhibits the spreading of hyphae, which can explain
the higher remaining MOE values of samples with higher
DPS

WCTE 2016 e-book | 6236

.

.

Figure 26: Hyphae on the surface of a beeswax impregnated
beech sample (a) and in a beeswax free cell lumen of poplar
wood (b)

7 CONCLUSIONS
At the University of West Hungary (Institute of Wood
Science) important research activity were executed in the
last 15 years in terms of wood modification. In course of
that, effects of numerous modification processes were
investigated on wood. The main topic was investigation
of different heat treatments (heat treatment in different
gaseous atmospheres or liquids and with compressing),
but in terms of acetylation and in development of
environmental friendly wood preservatives (beeswax,
nano-zinc particles) too [10].
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DESIGN WORKSHOP: PROPOSAL OF SOCIAL HOUSING IN BRAZIL
Mônica D. Aprilanti1, Hana B. C. El Ghoz2, Luciana R. Espíndola3, Akemi Ino4
ABSTRACT: This paper aims to detail the design process of social housing in wood developed by post-graduate
students during an interdisciplinary workshop in Brazil as a partnership between The University of São Paulo and The
University of Melbourne, Australia. At the Zero Energy Mass Custom Home Workshop design strategies were applied
to achieve sustainable homes with minimum energy consumption. As a result, this paper presents five stages of this
design process: firstly, lectures about relevant concepts, including sustainability principles and social housing
conditions in Brazil; secondly, site visits to a social housing complex; thirdly, definition of functions and design
guidelines; fourth, detail of technical solutions; and finally, energy and environmental assessment. In conclusion, the
project proposed presented positive values, exemplifying a good alternative to reduce energy consumption. Lastly, this
type of academic activity is an important dissemination method of wood systems for social housing in Brazil, where this
practice is rare.
KEYWORDS: workshop, teaching and dissemination, timber systems, social housing.

1 INTRODUCTION 123
In 2015, the Zero Energy Mass Custom Home (ZEMCH)
Workshop was the result of a partnership between The
University of São Paulo and The University of
Melbourne. Other participants were from Londrina State
University and The University of Campinas.
Postgraduate students from Melbourne joined Brazilian
students to develop the Travelling Studio's proposal
denominated: “Social, economic and environmental
suitability for low-cost social housing development in
São Carlos, Brazil”. This academic workshop proposed
to design and evaluate social dwellings in Brazil that
embrace sustainability requirements,
including the
concepts of zero energy, low CO2, mass customization
and affordable homes [1].
To achieve these principles, the selection of materials,
systems and methods of construction is very important.
In this sense, wood systems have proven advantageous
for some characteristics. Timber is a natural material,
requires low energy on production of components, stores
carbon dioxide during the lifecycle, performs good
acoustic and thermal properties and allows reuse or
recycles [2]. However, in spite of this material
advantages and its availability on Brazilian forests,
wooden systems are rarely used on social housing.
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Low income dwellings in Brazil are funded by State
programs and unfortunately, it means building minimal
houses with minimum resources. The massive
construction strategy combined with prefabricated
systems is one of the allies to combat the increasing
number of families living in inadequate conditions.
The factor of small built areas could facilitate
prefabrication and logistic strategies. However, in Brazil,
the houses are mostly built with concrete post and beam,
masonry walls and clay tile roofing [3]. Nevertheless,
some
load-bearing
wooden
systems
allow
industrialization of most of building stages leading to a
rational method to reduce costs and time, and increase
quality design of the houses.
Therefore, since 2012, there is a construction company
on the South region of Brazil producing social houses in
wood light frame. Recently, government agencies
approved the construction of social housing complexes
with this system.
Despite this recent increase, in Brazil the culture of
building in wood has not been developed for many
reasons. One contributing factor to this negative outlook
are the gaps in the wood production chain, such as the
lack of specific technical knowledge by designers and
builders.
In order to promote the use of wooden systems it is
necessary to extend its teaching in architecture and
engineering schools as well as technical training for
construction workers.
Therefore, this paper aims to detail the design process of
a social housing in wood, using the experience of
ZEMCH Workshop as an important dissemination
method of timber systems for social housing in Brazil.
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2 METHODS
Workshop is a meeting or activity involving a group of
people interested in a particular subject. It emphasizes
the exchange of ideas, demonstration and application of
techniques, skills, etc. On this activity there are no mere
spectators. The audience is called to actively participate,
interacting with the proposed procedures. Thus, it has a
practical character and its realization requires open
dialogue by the speaker or tutor and the audience.
Consequently, the workshop is an excellent opportunity
for experimenting methods and project development
techniques, problem-solving and stimulating creativity.
The ZEMCH Workshop 2015 was held on April 13th to
17th. Divided in four groups of about four people each,
the students had the mission of develop a design
proposal for a low income house complex. During these
five days of academic activities, the design workshop
proceeded on the following steps:
(a) First, the group of tutors presented ZEMCH
concepts and its contrasts to conventional
production of social housing in Brazil;
(b) Students and tutors visited a social housing
complex funded by the Brazilian Government
Program Minha Casa Minha Vida (PMCMV) in the
city of São Carlos, in São Paulo state;
(c) After the visit, a brainstorm was the first step to the
group develop the Function Analysis and
Evaluation Criteria Scoring Matrix to define design
priorities;
(d) In the sequence, the students worked in the Design
Code Development, that included the redesign of
urban plan, detail of technical construction
solutions and mass customization specifications;
(e) Finally, were used the software Ecotect, Hot 2000
and RetScreen for energy and environmental
assessment.
These steps configured a dynamic and collaborative
design process, which involved a multidisciplinary team.
Following, it’s described each methodological step of the
workshop development.

This Code includes the following design categories,
which should be considered by the groups during the
design process:
 Energy and CO2 Emissions;
 Water;
 Materials;
 Surface Water Run-off;
 Waste;
 Pollution;
 Health and Well-being;
 Management;
 Ecology.
In a second moment, Professor Noguchi 4 explained the
mass customization concept, exemplifying it with the
exposure of successful cases where this strategy was
applied. For example, supplied by a modern and
technological industry, there are Japanese houses built
with prefabricated components that enable the long term
changing of these houses as a form of customization that
follows family needs through the time.
In this sense, mass customization is a strategy applied to
offer goods and services serial-produced, through more
flexible processes, allying competitive costs and speed in
the production system [5-7]. Some key points to achieve
mass custom design strategies are: modulation of
building components and industrialization of most of
production process.
In a third moment, the Brazilian tutor Akemi Ino made a
brief introduction about construction systems suggested
for social housing in Brazil. The highlights were the
prefabricated wooden systems that could have a better
performance when a high demand of houses needs to be
supplied fast.
After the theoretical exposure, Professor Ino took the
students to observe some prototype of constructive
systems in HABIS5 laboratory, where she explained its
main characteristics. The presentation of models built as
examples is an effective teaching method to provide
greater comprehension of timber systems possibilities, as
e.g. in Figure 1.

2.1 UNDERSTANDING THE PROBLEM
2.1.1 Lectures and Concepts
An expositive introduction as part of the theoretical basis
was given on the first day of the workshop. The main
subjects discussed were about ZEMCH concept, social
housing production system and different construction
systems for social housing in Brazil.
This initial stage had the important assignment to
provide students with the knowledge of: ZEMCH
purposes of energy efficiency and mass customization;
important tools to the design process, such as software of
comfort and energy consumption evaluation; and
Brazilian housing reality.
In the first presentation, students from Melbourne had
prepared an exhibition about the main principles for a
sustainable design based in the Code for Sustainable
Homes, an UK Government Publication drafted by the
BREEAM Centre at the Building Research
Establishment [4].

Figure 1: Constructive System and Building materials
exhibition
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2.1.2 Site Visit
The visit into a social housing complex funded by the
PMCMV in the city of São Carlos aimed to identify the
needs and deficiencies of the Brazilian scenario,
embracing them on design development.
The visit was guided by the engineer in charge of the
construction site. Thus, it was possible to answer
technical aspects during site visits and to understand
which were the most influenced points by the restrictions
of the social program.
The complex was under construction, making it possible
to visualize the different building phases. With the
demand of 1032 houses, the Eduardo Abdelnur
Residential designers adopted a system of cast-in-place
concrete walls, as illustrated in Figure 2. The concrete
was produced on site in a station built exclusively to
attend the project.

Figure 2: Abdelnur Residential site visit

During the visit, it was noticeable that this large project
of mass production presented the deficiency to provide
only a single and generic model of design for over 1000
families, with different needs. Considering the building
system adopted and the location of the house in the lot,
the possibilities of customization were practically
inexistent.
Other evidence pointed out was the waste of construction
material. A large number of broken clay tile roofing,
could be avoided by adopting the use of more
industrialized roof system, for example.
Finally, other aspects related to the urbanistic plan were
noticed, such as a lack of infrastructure, urban mobility,
public and green areas for social interaction.
Therefore, the goal of this site visit was accomplished by
the identification of the main problems that needed to be
solved in the design of each team. Also, the site visit
added data to the future design analysis such as
information relating to the deployment location:
orientation, articulation with the surroundings, access,
infrastructure, among others.

all, inviting them to reflection. In this analysis process,
resulting in a subsequent step of synthesis, which are
designed possible solutions that meet the restrictions
observed in this phase.

Figure 3: Group presentation during the workshop

2.2.2 Functional Analysis System Technique (FAST)
“FAST Diagrams provide a graphical representation of
how functions are linked or work together in a system
(product, or process) to deliver the intended goods or
services [8].”
This strategy is applied focusing in a better
comprehension of the question under investigation, in a
way to clarify how to solve it appropriately. In this
method, the functions that need to be performed by the
product or process are organized in a relation between
the questions “How?” and “Why?” [8].
The tool is also a way to verify if a proposed solution has
achieved the design needs, and to identify duplicated,
missing or unnecessary functions [1].
During the workshop, the FAST Diagram was developed
in a two hour period, listing the functions on the wall,
trough post it paper. Thus, it was possible to work and to
discuss the ideas in a flexible way of visualisation of the
diagram construction.
Figure 4 is an example of the logic construction of the
diagram. “Why have you adopted this function?” and
“How can this function be obtained?” are key questions
to develop the process of diagrams construction and,
subsequently, to obtain the design criteria.

2.2 GENERATING IDEAS
2.2.1 Brainstorming
Collective discussion of the data recorded in the visit
was made from a brainstorming held initially between
the members of each group. Several points observed
during the visit were documented on paper and post it
and later presented and discussed among all participants.
The brainstorming method allows gathering the most
relevant points observed on site and opposing aspects
perceived by Brazilian and foreign participants, under
different points of view. When generating a large
number of ideas in principle without criticism or
judgment, the method encouraged the participation of

Figure 4: Logic construction of the FAST Diagram [1]
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2.2.3 Evaluation Criteria Scoring Matrix
After the definition of the criteria to be assisted by the
project, the next step was to evaluate each team priority.
For this purpose, the students adopted an evaluation
criteria scoring matrix that allowed them to punctuate the
established criteria according to levels of importance.
The procedure consisted of organizing the data obtained
in the FAST Diagram in a table, where the first column
refers to the functions and the others, subsequently,
refers to one specific function of the list. Example in
Table 1.
Table 1: Construction of the evaluation criteria scoring matrix
FUNCTIONS
A
B
C
D

A

B

C

D

The matrix main idea is to confront one function with
another, and give to the more relevant one a value of
importance: (1) low; (2) average; (3) high.
If the function “A” is better evaluated than the function
“B”, it means that the priority is to attend to the “A”
needs. But if the function “C” is valued in a high
important level (3), and the function “A” has an average
level of importance (2), it means that function “C”
should be first attended than the other.
The procedure is made for each of the functions listed by
the FAST Diagram. Table 2 exemplifies the step of
confronting the functions and adding values of
importance.

development. With the results of analysis, synthesis and
evaluation of the previous steps are started the first
design sketches. Restrictions haven’t been defined, as
the maintenance or redesign of existing urban
deployment, which enabled a very open approach for the
design concept. The development of solutions to design
problems did not follow a specific method, since there
was no proposed methodology for this step.
The creation process was carried out intuitively through
verbal communication and sketches made by hand
(Figure 5 and 6). According with Kowaltowski et al. [9]
“the difficulties of fitting the characteristics of the
projective process design methodologies are great, since
the process of creating forms in architecture is, most
often, informal, individual or just belong to schools
aesthetic rules”. Either way, the search for solutions by
trial and error was used repeatedly through the
generation, simulation and evaluation of various
solutions. Decisions for a solution that best fit the goals
and established restrictions were always taken by the
group and involved, in some cases, analogies with
previous experiences.

Table 2: Confronting the functions
FUNCTIONS
A
B
C
D

A
-

B
B3
-

C
C3
C2
-

D
D2
D1
C3
-

After this step, the total score and equivalent weight are
calculated for each function. To find the results, it is
necessary to add up the values of importance attributed
to each function.
In the example of Table 2, function “A” did not score,
while “B” is equivalent to 3 points; “C” to 8 points; and
“D”, also to 3. It means that function “C” represents
approximately 58% of the total, and configures the
criteria that should be first attended by the design.
On this paper results, the process of applying this
strategy to the design development will be detailed.
Thus, it will be clearer to comprehend how this
evaluation method could help to set design guidelines
and, mainly, the constructive system adopted by the
group.
2.3 DEVELOPING SOLUTIONS
2.3.1 Design Code Development
From that point, are followed two days of activities
named Design Code and Benchmark house design

Figure 5: Sketching studies developed during the creation
process

Figure 6: Sketching studies

2.3.2 Energy/Environmental Analysis
The energy simulations were made through three
programs: Ecotect, Hot 2000 and RetScreen. The
evaluations helped to achieve the best solutions with
lower building energy consumptions.
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The use of three-dimensional models as a project
development tool allowed representing, analysing and
testing the object as well as simulating the environmental
comfort of the building by applying the energy
performance software.
The first analysis was made to evaluate the solar
incidence in the house units. The software used in this
phase was the Ecotect from Autodesk.
Briefly, the evaluation steps of Ecotect can be sorted as
follow:
(a) Configuration of the geographic location and
climatic conditions;
(b) 3D modelling of the house unit;
(c) Location of the neighbouring houses, in order to
evaluate the shadow incidence between each other;
(d) Data generation about solar and shadow incidence
on the facades and about the natural light incidence
in the interior of the house.
The second assessment done was to submit the project to
the Hot2000 evaluation, with the aimed to simulate the
energy consumption of the house. From the fact that the
software was developed for the evaluation of buildings
located in the North hemisphere, some information was
submitted to the program by similarity.
The steps of this evaluating process were:
(a) The whole modelling of the house, quantifying
foundation, walls and roofing system;
(b) Characterization of these systems, specifying the
geographic orientation, dimensions, materials and
respective values of thermal resistance;
(c) Detailed information about other components of the
house, like doors and windows;
(d) Characterization of the family, informing the
number of children, adults, and the time of
permanence in the house during the day;
(e) Quantification of the energy consumption by
household appliances and artificial lighting;
(f) Specification of the maximum and minimum
temperatures of the walls, in order to calculate the
real necessity of cooling or heating systems;
(g) Characterization of the photovoltaic system used
for energy generation;
(h) Specification of the heating system of water;
(i) Calculation and spreadsheet generated by the final
data about the energy consumption of the house.
This process was tested with different wall compositions,
in order to compare what was the best solution to the
house.

3 RESULTS
The design solutions presented as results of the creative
process developed in ZEMCH Workshop are just an
example that intends to encourage the use of wood in
social house projects.
3.1 FUNCTION ANALYSIS AND EVALUATION
CRITERIA SCORING MATRIX
The key points approached by the FAST diagram, were
social, economic and environmental sustainability.
During the process, the group concluded that, to achieve
these factors, it was necessary to improve social

interaction and to satisfy diverse family needs; to reduce
costs, construction time and waste of material,
improving a higher management quality; and to provide
environmental comfort, maximizing green areas and
natural ventilation, and minimizing the energy
consumption and the water waste.
These factors were closely linked to the design decisions
during the process that led to changes in the current
plans, materials, colours, layout and window types that
are usually applied to social housing projects.
The master plan of the complex and the location of the
house units into the lot were also a point of discussion,
since the correct solar orientation of the houses and the
forecast of expansion areas are very important points.
The possibility of adopting green roofs, the appropriate
size and location of doors and windows, and the
reflection about possible ways of minimize the use of
solar panels and provide rain water collection were also
factors pointed by the FAST diagram.
The main idea was that all of these characteristics could
culminate in multiple options of design, allowed by a
flexible construction system.
In the next step, the most important criteria were
established and scored according to levels of importance.
According to the matrix, the most important factor to be
attended by the design was the use of a sustainable
constructive system. Criteria to maximize the natural
light incidence in the house and favourable decisions
about the correct orientation of the units were also
highlighted by the analysis.
Representing 18% in a universe of fourteen design
criteria, the function about the responsible choice of the
constructive system was the principal discussion of the
group.
It was proposed that each group could choose between
one of the systems exposed by the tutors: light wood
framing; masonry with ceramic blocks; the concrete
walls; or the Cross Laminated Timber (CLT).
Analysing the advantages of adopting a timber system
for the construction, such as the availability of the
material in Brazilian planted forests, the good acoustic
and thermal properties, the possibility of reuse of the
material and the low energy required on the production
of components, and also the recently experience by the
industry on Paraná state in producing light wood frame
social houses, were decisive to adoption of this system
by the group.
Attending to the first demand appointed by the matrix,
the group concentrated its efforts in the developing
consistent design options with the adopted system,
taking account the other criteria appointed by the
analysis. In addition to the already mentioned: minimize
the energy consumption, water waste, and reduce the
waste of material on site.
3.2 DESIGN PROPOSAL
To bring up the functions related, the first decision of the
group was about the residential master plan. The main
idea was to maintain the original configuration of the
blocks on site, but improving some changes in its design
without reducing the number of house units per block.
The proposal set 28 lots per block, with two house units
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each, totalling 56 house units per block and 58 parking
lots.
It was possible to maintain the large number of houses
provided in each block, improving areas for mixed use
activities; providing a square for social interaction of the
community in the middle of the block; and suggesting
the implantation of the houses according to the solar
orientation (Figure 7).
The adoption of collective parking lots (with lots per
specials needs) was a decision that allowed the group to
improve a larger area to the housing lots, providing
spaces for future expansions. These first decisions also
contributed to building a model where pedestrians have
priority.

The side wall of the internal corridor allows occasional
windows that provide cross ventilation and daylight
incidence to the house. These openings located on the
lateral façade of the building were designed to fix into
the modulated structure of the wood frame panels.
Sections A and B (Figure 9) show the correspondence
between the ground and second floor walls. Thus, the
system becomes more stable, and the hydraulic walls can
be concentrated in the same panels.

Figure 9: Sections A and B

Figure 7: Master plan proposal

The final design proposed a two-story house for two
families, reserving the ground floor for families with
special needs. Also, considering the mass customization
concepts, the units could increase new constructed
spaces and adjust to different facades.
The floor plan was composed by a common area of
living room and kitchen, two bedrooms, one bathroom
adapted for persons with reduced mobility and laundry,
totalizing the area of 59,89 square meters. The rooms are
distributed through a side corridor that allows the
conformation of an external stairway designed for the
access to the second floor that presents the same layout
(Figure 8).

Figure 8: Ground and second floor layout

3.2.1 Mass Customization Options
With the basic layout defined, it was possible to work on
the expansion possibilities: the mass customized options.
The idea was to allow families not only to change the
colour or the coatings of the facade, but make possible
follows the changing necessities of the families through
the years.
The design included the option of adding to the original
layout two different spaces: an extra bathroom or
bedroom, or both. To the second floor unit, it was also
possible to configure a terrace, as a leisure area, already
in existent on the ground floor unit, with the backyard.
It is important to point that the customization options are
independent between the ground and second floor.
Figure 10 exemplifies the addiction of extra areas. The
yellow volume represents a new bathroom, while the red
one references to an extra bedroom, and the green one to
a terrace.

Figure 10: Customization options
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3.2.2 Detail of Technical Constructive Solutions
According to Sánchez [10], the light wood framing
system is characterized by the correspondence of the
criteria postulated to sustainable buildings, for being a
light system, rationalised, flexible, constituted by
components emerged from planted forests, composed by
a prefabricated logical, reducing costs and time in
assembly at the work site.
The system is mainly used in European and North
American countries, with an emphasis in the system of
wood platform, composed by walls supported by floor
platforms [2]. In Brazil, the culture of timber
construction is just starting to be disseminated, as
government agencies approved the system to be applied
in the construction of social housing complexes.
The workshop provided the opportunity to increase
technical knowledge about wood frame systems since
that involved the group in a problem-solving process of
design.
For the two-story house designed in the workshop, the
building foundation was composed of a slab-on-grade
system, constructed on site, followed by an accurate
measurement for future installation of the panels.
In sequence, after applying of a waterproof insulating
material, in order to prevent the contact of the wood
panels with the humidity, the panels are fixed over the
foundation.
Prefabricated modulated panels were proposed as a way
to minimize the waste of material and rationalize the
process. As Figure 11 shows, the internal panels are
composed by: gypsum board, fiberglass wool insulation,
wood framing, OSB sheathing and another gypsum
board.

Figure 12: Exterior wall – option 1

Figure 13: Exterior wall – option 2

Figure 11: Interior wall

The external walls have almost the same configuration;
therefore, after the OSB sheathing it is fixed a flashing
paper layer and different final layers, depending on the
desired finishing. There are three exterior wall options:
 Option 1: The final surface of horizontal wood
board sidings is fixed in air spacers (Figure 12);
 Option 2: The panel is finished with a wire lath
layer, stucco and a common exterior painting
(Figure 13);
 Option 3: Cement board layer as final surface
(Figure 14).

Figure 14: Exterior wall – option 3

The second floor structure is composed by modulated
panels structured by “I” beams and sheathing composed
of a combination of OSB and cement board (Figure 15).
The beams are configured by timber flanges and OSB,
and support the composite plaques, that minimize the
possibility of noise transmission to the ground floor, and
the possible deformations on the walking surface.
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Figure 15: Platform structure for second floor

Figure 17: Shadow incidence with the influence of
neighbouring houses

Finally, the roofing system is composed by the same
beams, and covered with metallic tiles with insulation,
tilted at 15 degrees from the horizontal plane (Figure
16). Above the roofing structure, there is also the
installation of photovoltaic and solar panels, in order to
provide energy saving and heated water for the two
house units.
Figure 18: Shadow incidence in the North facade on summer
and winter seasons

The luminosity is measured in lux. The yellow regions
represent areas with more light incidence, with values of
2800 lux maximum. The red ones vary between 1200
and 2200 lux, while the blue areas are measured with
approximately 180 to 960 lux.
According to these values, the designed house presents
sufficient daylight incidence to the activities that will
occur in these rooms. That way, it is not necessary to
use the artificial illumination during the day.
Figure 16: Roof system

3.3 ENERGY/ENVIRONMENTAL ANALYSIS
Figures 17 and 18 demonstrate that the North facade has
sun light incidence during almost the whole day, while
evaluating the shadow incidence on different seasons of
the year, it is possible to conclude that in summer, the
rooms are sufficiently shaded, providing thermal cooling
during the warmer days of the year, while in winter,
when it is necessary that the rooms stay heated for a
longer period, the shadow incidence is minimized.
The last analysis of Ecotect appoints to the daylight
incidence and distribution on the ground and second
floor. Figure 19 presents the plans coloured with blue,
red and yellow shades that, in this order, represents the
least and the most illuminated internal spaces.

Figure 19: Daylight incidence in lux

The exterior wall with wood siding finishing (option 1),
presented the best result, with less energy consumption
per year, considering the non-utilization of air
conditioning equipment. The estimated values of annual
energy consumption for this house can be observed in
Table 3, in the information highlighted in red.
Finally, in RetScreen software it was calculated the
minimum area of photovoltaic (PV) panels that is
necessary to achieve the first goal of ZEMCH concept:
the zero energy consumption.
It was concluded that would be necessary, about 32
square meters of PV panels to generate around
4000Kwh/year, which is equivalent to the energy
consumption of the two-story house proposed by the
group in the workshop.
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4 CONCLUSIONS
This paper presented an academic experience that
stimulated theoretical and practical knowledge applied in
design development. In order to enable students to
understand the complexity of architectural design, it is
concluded that the work in interdisciplinary projects is a
very productive method.
In spite of the low participation of wood buildings in
Brazilian contexts, light wood frame is applicable and
also indicated to social housing, but the dissemination of
knowledge about innovative construction techniques is
essential to improve the crescent adoption of the system.
Thus, it is imperative to expand technical knowledge
about timber constructive systems in architecture and
civil engineering schools, as much as on technical
courses, preparing designer and builders to the work site.
Through this vision, this experience represented one step
in the construction of new possibilities, where
sustainability, energy efficiency and mass customization
were allied through timber engineering.
ZEMCH Workshop was a successful contribution to
introduce sustainable concepts as well as to inspire the
use of timber systems for social housing. This sort of
academic activity is an important way of dissemination
new concepts for the use of wood in Brazil.
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IAM (MOUNTAIN ARCHITECTURE INSTITUTE): A RESEARCH CENTRE
OF POLITECNICO DI TORINO BETWEEN TEACHING AND
DISSEMINATION
Clara Bertolini-Cestari1, Tanja Marzi2, Rossella Maspoli3
ABSTRACT: The present paper illustrates the activities of research and teaching of the IAM (Mountain Architecture
Institute) of the Department of Architecture and Design of the Politecnico di Torino. The IAM is a research center
aimed at dissemination and didactic activity organised in university courses and final degree thesis. The Institute is also
international workshops, summer schools and master classes for Ph.D. students in design and restoration, with a special
attention to new settlements and outdoor furniture for the mountain area.
The IAM publishes an online magazine named ArchAlp. Some issues are entirely dedicated to wood constructions. It
also constitutes a network on university and local or local institutions research projects focused on the Alpine region.
The Institute also promotes international conferences on the topics of Alps, Architecture and Cultural Heritage.

KEYWORDS: Mountain Architecture, Multi-disciplinary Education, Research Dissemination, Timber Architecture
and Design

1 INTRODUCTION 123
The Mountain Architecture Institute (IAM) was
established for the first time at the Valentino Castle, seat
of the Faculty of Architecture in Turin, following the
Conferences of architecture held in Bardonecchia in the
'50s, promoted by figures such as Carlo Mollino,
Roberto Gabetti, Franco Albini, Paolo Ceresa.
The IAM was re-established in autumn 2009 at the
Department of Architectural and Industrial Design of
Politecnico di Torino, with the aim to enhance and
promote research in the field of architecture, design and
alpine landscape.
Since 2013, the IAM is a research center of the
Department of Architecture and Design (DAD) of the
Politecnico di Torino.
IAM main aims are:
- PROMOTION AND IMPLEMENTATION OF
RESEARCH in the fields of design, architecture, history,
restoration, rehabilitation, industrial design, technology
and material culture focused on the Alps and the
mountain area;
- The IMPLEMENTATION OF RESEARCH
NETWORKS with local and international institutions on
the topic of mountain area;
1
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- SUPPORT OF LOCAL COMMUNITIES in the
definition and development of research and development
projects aimed at the local development and the
conscious transformation of the mountain territory in
view of facilitating sustainable development;
- DEVELOPMENT AND DISSEMINATION OF
ARCHITECTURAL AND TECHNICAL CULTURES
that are intended for the requalification and development
of the mountain territory;
- DIDACTIC ACTIVITIES closely related to the
research, and focused on mountain architecture and
landscape.

2 RESEARCH ACTIVITY
The IAM - directed by Antonio De Rossi - and its
journal ArchAlp, are focused on a multidisciplinary
vision of the elements, of the architecture and of the
infrastructure in the alpine landscape. Special attention is
paid on the processes taking place in the south-west of
the Alps, but in relationship with the different contexts
of the mountain area.
In these approaches the issue of timber assumes a
transversal relevance: from the rediscovery of local
constructive knowledge to the prospect for new
production chains starting from the craftsmanship
tradition; from the restoration and rehabilitation of local
architecture to the experimentation with innovative form
and construction systems; from historical land use and
infrastructure elements to the elements of a new
landscape of connections; from the tradition of
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decoration to public art that rediscovers and enhances the
material wood.
Research and observations start from the architectural
wooden heritage that in the south-western Alps - more
than in other mountain regions - has suffered in the
1950’s-70’s, in relation to depopulation and to use of
different building materials typical of the lower areas.
However, over the past two decades, there has been an
increased sustainable use of wood as a building material,
due to its well known structural behaviour and energy
savings.
The journal published by the IAM collects, for instance,
reflections on the theme of traditional wooden design in
contemporary mountain architecture. The issue of the
"Walser" timber frame construction technique (derived
from the migration from the Valais) is proposed again,
through the system of pillars and wooden planking, in
the entire facade of the building of the multipurpose
center of Champorcher [1].
In didactic experiences it stands out the choice of wood
as the main construction material for new expansion
interventions in coherence with the historical context [2].
The use of Cross-laminated Timber panels (CLT) or
frame systems, reaffirms the use of wood. The "building
in built heritage" for the rehabilitation buildings
belonging to abandoned alpine villages - such as the
Borgata Paraloup of Rittana (that has received the
Konstruktiv award) is characterized by the use of local
building materials and, concerning wood, the use of
chestnut [3].
The construction of “Casa Capriata” in Gressoney Saint
Jean realizes the ideal house of the architect Carlo
Mollino, presented for the X Triennale of Milan (1954)
[4]. The international comparison, highlights new
perspectives for the regional production chain forestwood-building, in relation to the regional forest
legislation and to the enhancement of traditional
knowledge present in the area.
Another research topic is the design for the outdoor
furniture in the mountain environment, for external space
and infrastructure, conducted in partnership between
university and local authorities (Center for
Craftsmanship of wood Isasca, the brand ESTBOIS in
the Valleys of Monviso, EsternoLegno in Cuneo
valleys), for the enhancement and innovation linked to
local wood species [5].
Finally, another subject concerns the analysis of
maintenance of the surfaces [6] and technological
experimentation for the evaluation of the durability,
trying to slow the natural processes of surface
deterioration, in order to decrease the demand for
intervention and reduce maintenance interventions. In
this regard, a specific study was addressed to innovative
nano-coatings, to increase the chemical-physical
characteristics of the wood (C. Bertolini, T. Marzi).

3 PROMOTION AND
IMPLEMENTATION OF RESEARCH
The research linked to IAM activities keeps in
consideration different aspects related to the alpine

environment, the different techniques and constructive
materials, considering their conservation issue.
For example, a specific research sector was focused on
the assessment of impregnation technology and surface
protection of wooden elements (i.e. nitro paint, alkyd
and two-component polyurethane, vegetable oils, resins
or waxes, coatings with pigments and transparent, ...),
which gave different results from the point of view of
conservation, in replacing the traditional protection
techniques.
The long-term standard performance concerns in
particular:
• reduction of abiotic, physical and chemical decay;
• UV resistance of the treatments;
• absence of cracks and shrinkage cracks;
• water repellency and open-vapour;
• reduction of localized biotic degradation (xylophagous
agents).
The assessment of durability relies also on the
experience of operators and basically to a suitable
selection of wood species. It is desirable a structural
health monitoring and on-site diagnosis.
For the maintenance of building components it is crucial
the control of the origin and certification of the product.
The ecological perspective affects both the control of
toxicity of coatings both the adoption of eco-labels. It is
important to the promotion of the short production chain,
so-called "km 0" or "100 km". Currently the availability
of larch for external use of high-quality mainly concerns
sawn timber from Austria and South Tyrol. Boards and
shingles heat treated are mainly coming from countries
not certified or from unsustainable forest management.
The technological innovation paid to the durability of the
product consists in the recent introduction of
nanocomposites, which can improve the resistance to
xylophagous agents, water repellency, UV protection
and fire resistance (Figure 1, Figure 2).
The authors have recently conducted research aimed at
the development of nanocomposites for different wood
species suitable both for existing structures and for
historical heritage[7].

Figure 1: Tests carried out on real-scale wood elements
(Larch of 17th century and of the '70s and '80s of 20th century)
treated with nano-coatings (Photo T. Marzi)

The testing phase involved timber elements belonging to
roof structures of the Piedmontese architectural heritage.

WCTE 2016 e-book | 6248

The study made clear these eco-friendly and
nanostructured coatings allow to improve the durability
of wood.

Figure 2: Waterproofing and ‘‘lotus effect’’ on timber surfaces
treated with nano-coatings based on silica nanoparticles. It is
possible to notice the difference between untreated wood (top)
and wood treated with nano-coating (bottom) (Photo T. Marzi)

4 SUPPORT OF LOCAL
COMMUNITIES
The activities aimed at enhancing and increasing local
production chains included several research projects
involving local governments and production companies
of the Western Alps.
The EU Project Alcotra 2007-2013 PIT MONVISO
"Savoir Bois – L’uomo e le territoire", has created the
basis for a business start-up addressed to the market,
through the registered trademark ESTBOIS [5].
One of the main themes of development and
experimentation were local wood species and the
heritage of knowledge of the craftsmanship of Monviso
valleys, Varaita Valley and Po Valley, in Italy, and the
Queyras region, in France.
The study involved the use of solid wood in outdoor
spaces and in particular in areas not controlled.
Technological experimental tests were carried out to
assess the durability. One of the key issues of the
research was to find solutions to slow down the natural
deterioration of wood surface processes, in order to
decrease the maintenance connected to artifacts that are
often located in remote areas and in altitude (Figure 3).

Figure 3: Some projects carried out it the frame of the EU
Project Alcotra 2007-2013 PIT MONVISO "Savoir Bois –
L’uomo e le territoire"

The aforementioned study on nano-coatings gave
interesting experimental results for the maintenance of
the physical and visual characteristics of the wood over
time (C. Bertolini, T. Marzi, Department of Architecture
and Design, Politecnico di Torino).
In the selection of wood species it was chosen to use
only local woods widespread in these areas, such as larch
and ash.
The design-driven action is supported by a sustainable
approach developed in the productive context, in which
it was preferred to the use durable materials, resistant to
extreme weather conditions, such as certified seasoned
wood with few knots and galvanized steel.
The study was aimed at artifacts that could be realized
by the local industry (sawmills, wood craftsmen, metal
craftsmen), with an average service life of the products
estimated in thirty years. The main project requirements
have been flexibility, modularity, connection of semifinished elements and waste reduction, according to
principles of low technology.
The guidelines have been exemplified through a series of
prototypes in different open sites visited by craftsmen
partners to the commercial phase of the project (from
March 2012).
Furthermore, another area of research has involved the
experimentation of systems and structural elements of
the building production sector, which is in continuous
and rapid evolution.
The experience of Boislab was launched as part of the
cross-border cooperation project ALCOTRA 2007- 2013
between the Province of Turin (Coordinator) and the
Conseil Général de la Savoie.
The project was addressed to:
- strengthen the adaptability of forest areas to new
markets and stimulate a renewal of forest management;
- increase the quality and quantity of offer of local wood;
One of the aims was to affirm the GFS certification
according to the PEFC standard in forests owned by the
local administrations.
The research activity has developed an experimental
production of prototypes of X-Lam wall elements. In this
case have wood species most present in the Canavese
area have been used: chestnut and poplar.
In the project BoisLab grat importance was given to
training of students (Figure 4), professionals and
construction SMEs on the issue of the use of local wood
production chain [8].

Figure 4: Workshop Boislab “Il senso del legno”, Torino,
Politecnico di Torino, Castello del Valentino, 2010. Winning
project.
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5 DEVELOPMENT AND
DISSEMINATION OF
ARCHITECTURAL AND TECHNICAL
CULTURES
In the north-west, on the south side of the Alps, the new
attention of contemporary Alpine architecture are
congruent with:
- the attention paid to the environment and the
enhancement of its mountain resources - water, wood,
stone;
- the rehabilitation and innovation based on the
rediscovery of traditional activities - from agriculture to
woodworking – aiming at reconstructing the local
productive chains.

Among these there is the Borgata Paraloup of Rittana [3]
characterized by the use of local building materials and,
concerning wood, by the use of chestnut (Figure 5).
The reconstruction of the ruins of the village buildings
took place with technologies of glulam. The buildings in
sufficient preservation conditions have been the subject
of philological restoration.
In a symbolic place of the partisan war and of strenuous
life in the mountains, the wood is the material for a
recognizable integration with stone architecture.

The project of the productive chains must be considered
in relation with new entrepreneurship, natural, cultural
social and economic resources, reconstruction and
safeguard of the landscape.
Economic processes are also in relation to a different
way of life, which is beginning to reassert itself with the
repopulation of social and marginalization and economic
areas compared to the tourist valleys, by economic and
amenity migrants.
Economic processes are also in relation to a different
way of life, which is beginning to reassert itself with the
re-population of areas of social and economic
marginalization - compared to tourist valleys - by
economic and amenity migrants [10]. The new
inhabitants involve "in an innovative way land resources
formerly used in the traditional way of the alpine world",
despite the difficulties of establishing new enterprises
[11].
The perspective of environmental protection becomes a
priority with the need of sparing building soil and
resources. At one extreme, the idea is to reuse to
preserve what has historic architectural interest. At the
other end it is foreseen to "replace" wooden constructive
elements according to the degradation and safety
conditions.
Architectural Heritage, in decay conditions, requires
very complex intervention to preserve timber structures
(such as balconies, loggias, trusses, floors, walls and
decorated surfaces, etc.). The decay may require the
partial or total replacement of components exposed
outdoors. This requires the use of environmentally
friendly and non-invasive materials and technologies.
Instead, the Alpine villages being abandoned during the
twentieth century, are subject to reconstructions due to
the high level of decay, almost in a state of ruin, for their
reuse and rehabilitation of a territorial brand.
In the last decade, with the co-financing of European
funds, many architectures of the alpine villages have
been recovered [12]. The ArchAlp magazine edited by
IAM has documented a number of important
experiments between rehabilitation and innovation.

Figure 5: Borgata Paraloup of Rittana. View of the landscape
and inside of the refuge Paraloup

Another interesting example is the village of Ostana
(Figure 6) in Monviso Valley, where new architectural
interventions have been carried out coordinated and
realised by members of by IAM together with the local
administration [2].
Ostana is a significant case on the theme of reuse and
enhancement of alpine architecture.
The redevelopment of the architectural heritage and the
construction of new buildings - in quality and coherent
to the context - have resulted in a new identity and
recognition of the place.
Even in this case the use of wood connotes the new open
structures, the raised walks, the roofing structures,
connecting to the presence of the local stone. Wooden
architecture arises in connection to history, nature and
territory with the contemporary.
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walls, the replacement of the typical “lose” roof stone
slabs or wood shingles with elements in metal sheet or
tiles.
In the case of Piedmont, manuals developed within the
Local Development Plans elaborated for the European
funding scheme CAP (Common Agricultural Policy) EAFRD (European Agricultural Fund for Rural
Development) 2007-13 has contributed to the diffusion
of a design capacity aimed at the enhancement of the
resources of the territories, at the restoration and
conservation with materials in coherence with the
tradition of the place.
An important role for IAM was the development of
morphological/typological/construction knowledge of
the Alpine area, of guidelines for the project and good
practices for the intervention: a comparison between
local and international.
Attention to recovery processes, energy efficiency and
rehabilitation of the historic and newly built heritage,
drew attention - as already mentioned - to local wood
production networks as a resource potentially at "km 0"
that can be used in local contexts [12].

Figure 6: Architectural interventions in Ostana (photo L.
Cantarella)

Another important sector of the wooden architectural
heritage of the western Alps concerns the mountain
modern architecture in connection with the creation of
winter tourism. On this issue you was based the
Conferences of architecture held in Bardonecchia in the
'50s, when IAM was established
From the fifties, with the increased use of concrete
structures, the use of wood assumes a decorative
function (picturesque and rustic), often stereotyped
quotation of the grange.
Of the seventies, is the realization of the complex
Concaneve - designed by Roberto Gabetti and Aimaro
Island with Guido Drocco in Sestrière - that in the
facades overlaps to the system of horizontal wooden
boards, on double uprights, light shelters in
polycarbonate fixed on aluminum profiles and flat roofs
(Figure 7).

In the northwest of the Alps, there are several smaller
settlements characterized by continuity and evolution of
the uses and partially affected by tourism, often with
thirdage migrants, who move/move-back to the
mountains once they reach retirement age.
These contexts have been the subject, since the second
half of the twentieth century, of punctual interventions of
recovery, extension, new construction, often aimed at
"modernization" of the construction model under
influence of serial building typical of the plain areas.
Until the ‘90s these interventions have often occurred in
the lack of attention to the cultural and legislative
instruments for the direction and control of the
architectural heritage.
These processes have resulted in the loss of the
constructive characters, for example, with the
replacement of the original wooden window frames with
serial aluminum elements, or the stone cladding of outer

Figure 7: Complesso Concaneve, Sestrière, Roberto Gabetti e
Aimaro Isola, Guido Drocco, 1973-80 (Photo D. Regis)
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Of the same period is the integrated resort of San Sicario
Alto - masterplan of Laurent Chappis - delineated
according to the concept of integrated village in nature,
where significant is the presence of continuous balconies
in coniferous wood, marked by the design of the uprights
and service volumes, and different levels of roofs
covered with shingles.
At the beginning of the eighties, in the construction of
Grangesises (Figure 8) - designed by Pompeo
Trisciuoglio - the typological and constructive tradition
is re-proposed and re-elaborated in the large-scale on a
tourist settlement.
The complex was built in a decade renovating some
existing typical granges and realising new buildings that
reflect the characters of the local heritage. The project
simulates a historic settlement looking for a mimetic
relationship with the landscape [13].

as it was defined by Carlo Mollino, with reference since
the '30s to the study of the Aosta Valley and Valsesia
Valley vernacular architecture.
The re-interpretation of this subject and the re-reading of
the project of Mollino of 1954 in the light contemporary
knowledge and technology, has resulted in the
construction of the building in Gressoney Saint Jean, in
the skiing area of Weissmatten.
The conception of a light wooden construction that uses
a skeleton formed by three trusses that carry the
horizontal elements, in which the side walls are
generated from the slopes of the roof, is resolved in
terms of environmental sustainability, reduction of
energy costs and improvement of living comfort.
The building opened in 2014 (project coordinated by
Professor Guido Callegari, Politecnico di Torino,
Department of Architecture and Design) re-opens a
reflection on the theme of wooden architectural design
and context in Alpine environment (Figure 9) [14].

Figure 9: Casa Capriata realised in 2014 in Gressoney Saint
Jean (photo A. Bringhen)

6 EDUCATION AND DISSEMINATION
The IAM promotes and disseminates initiatives in
Workshops and Master Courses of first and second level
on the design of wooden architectures.

Figure 8: Villaggio Grangesises, Sauze di Cesana, arch. P.
Trisciuoglio, 1977-86 (Photo from [12] and R. Maspoli)

In coherence with the experiments of Alpine modernism,
referred to the X Milan Triennale in 1954, is the theme
of "Truss House" (“Casa Capriata”) or "Triangle House"

Some final degree thesis in architecture are developed at
Politecnico di Torino on the subjects promoted by IAM.
In the last year several final thesis were focused of the
rehabilitation of vernacular wooden architecture, as well
as of new architectural interventions and of the
enhancement the Alpine area (Figures 10-11-12).
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Figure 12: Final Thesis on “The Napoleonic road from Susa
to Lanslebourg. Enhancement of the border landscape and
recovery of historic buildings” (Claudia Desiré Cerri, Gaetano
di Fede, Tutors Prof. E. Moncalvo, P. Scoglio, Politecnico di
Torino, 2011-2011)

The website of the IAM also proposes architectural
routes and cultural tourism [16].

Figure 10: Final Thesis on the rehabilitation of Ullmanngut in
Bad Gastein, Austria (Eleonora De Masi, Tutors Prof. C.
Bertolini, T. Marzi, Politecnico di Torino, 2013-2014)

Figure 11: Final Thesis on the rehabilitation of a vernacular
building in Sant’Anna di Peyre (Marco Bovetti, Tutor Prof. G.
Callegari, Politecnico di Torino, 2011-2012)

The IAM publishes the open-access journal “ArchAlp”
(Figure 13) with the aim of promoting projects and
research on the Alpine region with a critical discussion
of topics and events concerning the mountain area [15].

Figure 13: Some issues of ArchAlp journal published by IAM
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7 CONCLUSIONS
This brief presentation of the activities of the IAM of
Politecnico di Torino intends to be an invitation to have
an international confrontation on timber construction, in
particular in the alpine area.
The specificity of the IAM is characterized by multidisciplinary contributions on materials research, history,
technology of architecture, design in the built
environment and rehabilitation of alpine architecture
involving several scientific disciplinary fields.
The plurality of the research topics briefly presented in
the paper, shows scenarios rapidly changing and open to
international comparison, demonstrated also by the
significant presence within the WCTE .
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TEACHING INTERDISCIPLINARY TIMBER DESIGN: DESIGN AND
MANUFACTURING OF ORGANIC-SHAPE CONSTRUCTIONS
Manja Kitek Kuzman, Mirko Kariz2
ABSTRACT: Our field of research covers the areas of Architecture, Structural Engineering and Wood Science. We are
primarily interested in Advanced Structural Systems and their influence on Architecture. Our research, in addition to
technical and architectural aspects, investigates sustainable aspects such as design for disassembly, adaptability, and
reuse. Some study cases will be presented, such as wooden constructions of organic shapes. These were mostly
handmade in the past; each piece being almost unique, since the manufacturing processes did not allow repeatability
and the production of a large quantity of the same products. Today, 3D modelling software leads to a completely
different perspective in wooden furniture design and production. It enables the modelling of any kind of shape, based on
ideas, natural shapes, even 3D-scanned existing shapes, etc. Furthermore, the prototypes can be 3D printed. This means
that a visual presentation of the designed form is a reality. Based on the printed forms, virtual models can be improved,
leading to the final, sophisticated model. Additionally, during the design process the best construction details can be
made to improve the material efficiency and the manufacturing time. The final product can then be made on a CNC
machine, enabling reproduction of the same product with the desired shape in the chosen quantities.
KEYWORDS: construction design / 3D modeling / tectonic of timber architecture

1 INTRODUCTION 123
1.1 ORGANIC DESIGN
Organic architecture is a philosophy that promotes
the harmony between human habitation and the natural
world through design approaches that are sympathetic
and well integrated into the site, such that buildings,
furnishings, and surroundings become part of a unified,
interrelated composition. Let the design be inspired by
nature and be sustainable, healthy, conserving, and
diverse, unfold, like an organism, from the seed within.
It should exist in the "continuous present" and "begin
again and again", as well as following the flows and be
flexible and adaptable. It needs to satisfy social,
physical, and spiritual needs. It must grow out of the site
and be unique. Celebrate the spirit of youth, play and
surprise. Express the rhythm of music and the power of
dance [1]. In other words, nature and modernity in
perfect harmony.
With the inspiration coming from the wood itself,
the aim is to offer a wide selection of live edge wood
furniture boasting organic shapes and natural flaws that
add to the innate beauty and the sensory experience. The
easy machinability of wood makes it an ideal material
for digitally controlled processing portals. For this
1
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reason, the timber industry is well equipped with such
machinery, and timber is taking on the status of a hightech material [2] (Fig. 1).

Figure 1: The tectonics of timber architecture in the digital
age (folding, bending, weaving)

1.2 THE TECTONICS OF DIGITALLY
DESIGNED TIMBER FURNITURE: THE
ORGANIC FORMS IN WOOD
It is possible to show how parametric design tools
can be created that are specifically tailored to timber and
its material properties. Tectonics – the interplay of
architectural expression, efficiency and the construction
of support structures – is the focus of our research and
teaching at the Department of Wood Science and
Technology at the University of Ljubljana.
New wood-based materials (liquefied wood,
modified wood, densified wood) and processing
technologies, along with the new possibilities for
depicting and calculating the support structures, play an
important role here. The aim is an efficient interlinking
of the design and construction that integrates the
architectural, support-structure-related and production
requirements, leading to sustainable and high-quality
solutions (Fig. 2).
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(Fig. 3). These photographs were then imported into the
SolidWorks software, which was used to model the
stone. The basic silhouettes were drawn based on these
photos.
Figure 2: The tectonics of timber architecture as reflected in
its production conditions

1.3 FURNITURE AND PRODUCTION
CONDITIONS
The lifecycles of products are becoming
increasingly short, leading to a greater need for the
intensified development of new products or the updating
of existing ones. Computer-aided manufacturing (CAM),
in which computer-aided design (CAD) and computer
numerically controlled (CNC) machining are integrated
for the production of parts, became a viable option for
the woodworking industry in the 1980s [3], and is one of
the possibilities for reducing the design and development
times for new products. In the modern furniture industry,
CNC working centres are widely used, especially when a
high quality of the product and a flexibility of the
manufacturing process are expected [4].
The new technologies have had a great effect on the
professions devoted to three-dimensional design work.
Processes like modelling, performing basic stress and
deformation analyses, and even the production of rapid
prototypes can be currently undertaken by a single
designer without any need for a range of specialists.
Therefore, an experienced designer can be more
effectively involved in any design decision. A virtual
simulation of the product enables the designing of
optimal construction solutions.

Figure 3: Silhouette of the stone (modelling with SolidWorks)

The model of the stone was then made with Surface
loft. This was our initial, base form, which was the
starting point for further design of the furniture. Several
models were then made with different seating surfaces
and dimensions. The bottom part of the stone was
flattened to ensure its stability, while the upper part of
the stone – the seat – was ergonomically designed to fit
the contours of the body and to fulfil the standard
requirements for seating furniture (Fig. 4).

2 CASE STUDIES
Different case studies will be presented as
opportunities for interdisciplinary projects offering a
broader, more modern teaching approach.
2.1 CASE-STUDY 1:
RIVER-STONE SEATING ELEMENT
The idea of the case study was to design a wooden
sitting element/chair inspired by the existing organic
shape of a simple river stone.
The aim of this study was to use available modern
3D modelling software to model the furniture (3D
model), to design the different shapes and use the 3D
printing technique to make prototypes before final
production with a CNC router.
The 3D modelling began by taking photographs of
river stone from each side (top, front and left view)

Figure 4: Different model designs

For a better visualisation of selected models the 3D
printing technique was used to make rapid prototypes.
"Experience rapid prototyping" enables the design
team’s members, users and clients to gain a first-hand
appreciation of existing or future conditions through an
active engagement with the prototypes. We illustrate the
value of such prototypes in four critical design activities:
understanding existing experiences, exploring design
ideas, communicating design concepts and improving
the information required to successfully market a new
design.
A ZPrinter 450 3D printer was used to make the models
of the selected shapes (Fig. 5).
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from plywood panels, which were than bonded into two
blocks. This reduced the material consumption and also
made the product lighter.
The selected, finished 3d model was than exported from
SolidWorks to the AlphaCAM software, which was used
to make a program for the CNC router. A 5-axis CNC
machining centre was used to carve the product (Fig. 7).

Figure 7: Finished product
Figure 5: 3D printed prototype M 1:5

For the final production we tried to find the most
efficient process. We decided to use a CNC router to
carve the surface of the furniture.
We chose between several options: to make it from a
larger block of wood, half of the stone, or to slice the
model into several slices and curve each slice
individually and then assemble these slices into the final
product (Fig. 6).

2.2 CASE-STUDY 2:
MAKING LASER-CUT 3D MODELS
The idea was to laser-cut a miniature wooden
observation tower, made mostly from glue-laminated
timber beams and cross-laminated timber panels.
Students designed different shapes, inspired by natural
forms, from flowers to wooden cells and wooden fibres.
The towers were designed in SolidWorks. Each part of
the models was then made from plywood, cut on a lasercutting machine and assembled into final models.
The students learn to design on the basis of existing
natural shapes, to use a sketch as a template for their 3D
modelling, and the use of a laser-cutting machine to cut
the plywood.

Figure 6. Sliced model

We decided to make the model from larger blocks
of wood, half of stone, because that was easier for the
machine operator, and only two longer CNC programs
needed to be developed (one for each half) instead of
several short programs for each thin slice of product. The
main cost for the production of the stone was the CNC
machining, so we tried to reduce this time as far as
possible.
Also, we wanted to optimise the material
efficiency. The first idea was to make a solid block of
wood by bonding lamellas. This would be easier to do,
but a lot of material would be wasted, and the product
would be much heavier. So we decided to make frames

Figure 8: Student project work - Wooden tower 1

WCTE 2016 e-book | 6257

remarkable growth over the past few years. More
practical and more affordable 3D printers are now
available, offering the possibility for them to be used to
produce connectors, which can be used in combination
with wooden materials to produce self-designed
furniture.
3D printing can be considered as a modern technology
and it enables the fabrication of complex geometrical
shapes, used for prototypes or unique individual pieces
[5].
The aim of this student project was to research the
possibilities of using 3D printed parts as connectors for
making furniture. The idea was to connect wooden parts
with self-designed connectors to form functional joints,
from which anyone could make furniture of their own
design (Fig. 12, 13).
The connectors made with 3D printing can be very
complex shaped, due to the possibilities that 3D printing
offers.
Figure 9: Student project work - Wooden tower 2

Figure 12: Student project work – 3D printed connectors 1
Figure 10: Student project work - Wooden tower 3

The same working principle, i.e., design in SolidWorks,
laser cut models and optimization of the product, based
on the model’s evaluation, can be used to design flatpacked furniture (Fig. 11).

Figure 13: A model of chair with 3D-printed connectors
Figure 11: Flat-packed furniture laser-cut models

2.3 CASE-STUDY 3:
3D PRINTED PARTS OF FURNITURE
Additive manufacturing (AM), also referred to as 3D
printing, involves manufacturing a part by depositing the
material in a layer-by-layer process. It has seen

The use of 3D-printed parts in furniture manufacturing
opens up new possibilities for design. Special attention
should be given to connecting the wood and the 3Dprinted parts. The mechanical interlocking should be
improved with adhesive bonding. The correct choice of
adhesive and bonding parameters is important for
achieving sufficient strength of the joints. We have
designed some series of connectors that could serve as
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the joints for chairs (Fig. 14). The connectors were then
bonded to wooden parts and the strengths of these joints
were tested. The results showed that the strength of these
joints is lower (approximately one-third lower),
compared to the classic joints made of wood with
mortise and tenon, but could be sufficient with a proper
design.

Figure 14: 3D printing of a series of connectors (left); testing
of joint on universal testing machine (right)

2.4 CASE-STUDY 4:
3D PRINTING WITH A MIXTURE OF WOOD
POWDER AND ADHESIVE
Additive manufacturing, also known as 3D printing, has
undergone great developments in the past decade, but
only a few attempts have been made to use natural
materials like wood for 3D printing. So, the aim of this
study was to use wood powder as a component in a
material for 3D printing. Different ratios of wood
powder were used, together with polyvinyl acetate
(PVAc) and urea-formaldehyde (UF) adhesives to form a
mixture for 3D printing. Simple blocks (Fig. 15, 16)
were then 3D printed and the bending properties of these
blocks were investigated to evaluate the effect of the
wood ratio and the type of adhesive [6].

wood in modern manufacturing techniques. Wood
residues, like sawdust, can be used, and thus give added
value to the wood.

Figure 16: 3D printing of simple blocks for a bending test

2.5 CASE-STUDY 5:
RECIPROCAL FRAME- a self-supporting
three-dimensional structure
A reciprocal frame (RF) is a self-supported threedimensional structure made up of three or more sloping
rods, which form a closed circuit, i.e., an RF unit. Large
RF structures built as complex grillages of one or a few
similar RF units have an intrinsic beauty derived from
their inherent self-similar and highly symmetrical
patterns. Designing RF structures that span large
domains is an intricate and complex task (Fig. 17).

Figure 17: Left: A three-rod reciprocal frame, as an RF unit.
Right: a large RF structure made up of tied rods

Figure 15: 3D printing of a mixture of wood powder and
adhesive

Different wood particles and the use of different
thermoplastics, recycled plastics, and natural fibres are
identified as suitable materials for 3D printing and
several researches are in progress to expand the use of

RF structures in practice are fast gaining popularity for
practical, eco-friendly constructions, as the RF units are
simple to prefabricate and reuse. Architects often
manually experiment with different ways of assembling
RF units by testing physical models. Such an approach
gives full control over the design, form finding remains
challenging, while ensuring a valid arrangement of the
RF units.
The RF can be used to roof any plan form; it can be used
over circular, polygonal and oval, but also over
completely irregular or organic plan forms [7].
Students are interested in studying other forms of
structural tilings on surfaces in 3D (Fig. 19).
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idea was to find the minimum width of this area, with the
seat still fulfilling the standard requirements.

Figure 20: Different plywood seat shells

A backrest-loading simulation (Fig. 21) was used to
evaluate the performance of each seat-shell construction
(Fig. 20). The real models were then tested on a
universal testing machine (Fig. 22) and the results were
compared to the simulation results, which showed a
good correlation.

Figure 19: Students are doing physical construction - different
organic forms

Moreover, we also plan to study computational methods
to determine the assembly order of RF and to learn more
about the world of the reciprocal frame and how to use
this amazing structure in creating new forms of
architecture – reciprocal frame architecture.

Figure 21: Simulation of the loading of a seat shell in
SolidWorks

2.6 CASE-STUDY 6:
USING A SOLIDWORKS SIMULATION TO
OPTIMIZE PLYWOOD SEAT SHELLS
Today, the engineering design of furniture needs to be
accomplished by utilizing solid modelling and structural
analysis software. All the parts of a wooden product can
be modelled parametrically and the required changes can
be readily optimized, making use of the advantages
provided by solid modelling. Likewise, strength
calculations for the designed product can be made by
means of computer-aided structural analysis software
[8, 9, 10]. With the use of modern computers and
sophisticated mathematical models it is possible to find
new ways to design chairs in order to utilize the material
much more efficiently than before [11]. The aim of this
project was to use SolidWorks simulation software to
optimize the plywood seat shells. The students designed
different seat shells (Fig. 20), with a different width and
shape of the part between the seat and the backrest. The

Figure 22: Mounting and testing of a seat shell on a Zwick
Z100 universal testing machine

2.7 CASE-STUDY 7:
THE SIMULATION MODEL - BOOKSHELF

Students have to learn to use classic design methods as
modern techniques to design optimised products.
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They compare the different constructions/designs of the
product in a virtual environment, in the phase of
designing. For example, they design different models of
bookshelves (simple shelf, shelf with different
reinforcing, etc.), also made from different materials
(plywood, particleboard, solid wood, etc.) (Fig.23).

Figure 23: Loaded bookshelves

They evaluate the performance of each version with a
classic calculation method and simulation in the
SolidWorks simulation software (Fig. 24). Finally, they
test the real shelves on a universal testing machine (Fig.
25) to verify their results and to evaluate their
calculations. Based on the calculation, simulation and
real test results they try to improve the performance of
the product in order to decrease its sagging and to use
the minimum material possible.

structure-related and production requirements is leading
to sustainable and high-quality solutions. The new
organic design is a manifesto for wooden furniture with
organic shapes in a way that is both aesthetically
pleasing and kinder to the environment. It illuminates the
key themes of organic architects, their sources of
inspiration, the roots and concepts behind the style, and
the environmental challenges to be met.
Today, there is a response to a new age of
information and ecology; architects, engineers and
designers are seeking to change the relationship between
wood products and the natural environment.
Interdisciplinary projects give students the rigorous
ground-level education they need to develop strong
backgrounds in science and engineering. More than ever
there is a need to discuss industry input in university
teaching and research and to disseminate knowledge
about modern teaching approaches.
It is important to present to the students the ‘old’
and the latest technologies and to encourage them to use
it for the design of new, innovative products. Architects
and engineers both claim to be designers, though how
they define design and the approaches they use to realize
it vary widely. Its subject is design thinking that works
within the interfaces, overlaps, seams, or gaps between
the disciplinary areas of architecture and engineering.
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GROWING WITH WOOD: PRACTISES AND OPPORTUNITIES OF WOOD
FRAME CONSTRUCTION IN CHINA
Chao Liang, Francis Huang2, Monica Li3
ABSTRACT: Modern wood frame construction is the most popular residential housing system in North America.
Attempts by foreign enterprises to bring modern wood frame construction to China, the world’s fastest growing
construction market, have been hampered by prioritizing short-term commercial and political objectives. Based on her
personal engagement in the marketing and research activities as one of the earliest practitioners of modern wood frame
construction in China, the author discusses continued obstacles and past failures and offers suggestions on how to move
the industry forward in China.
KEYWORDS: Wood frame construction (WFC), code, design, government, China, reroofing

1 INTRODUCTION 123
Wood is recognized as an environmentally friendly
building material suitable for a variety of applications.
Due to advances in engineering and design, it is
increasingly common in public and commercial
buildings, too. Its design flexibility combined with its
natural color and textures endow it with an elegance and
delicacy, even in outdoor applications. Wood frame
construction (WFC) is the most prevalent building
method in many countries around the world and attract
homeowners, developers, and designers by its additional
advantages of seismic stability, light weight, durability,
and energy efficiency.
Although large efforts have been made in China by
western enterprises, instead of reaching their goals of
increased lumber sales, WFC still remains unfamiliar to
the world largest construction market, and most end
consumer’s opinion on WFC is either blank or negative.
As one of the earliest Chinese practitioners involved in
Canadian government and association’s joint effort in
China, the author is trying to reiterate an essential
proposition: when it comes WFC, who should be the key
player to enter, lead and develop a large, but untapped
construction market like China? What strategies should
be taken and what lessons have been learned?

2 Market Access
In China, most people have little awareness of the
characteristics of modern WFC and often confuse it with
1
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Chinese traditional timber structures that do not have
adequate solutions to fire control, moisture, decay,
durability, and termites. China has a long history of
building with wood which dates back to 5000-4500 B.C.
in Hemudu Culture relics of post and beams with tenon
connection. The Yingxian Pagoda in Shanxi province
was built in 1056 A.D. and is still considered the highest
existing timber structure in the world (67.31 meters
high). Chinese claim themselves to be the ancestor of
timber structure and this deep-rooted concept has
hindered the entry practices of WFC, especially when
the western forerunners translated WFC exactly the same
way as the Chinese timber structure “Mu Jie Gou”. The
lack of key message in the translation to differentiate
modern from traditional building technology has
confused all levels of Chinese key players in the
construction market, from government regulators to end
user home buyers. Negative opinions formed from past
unfavourable experiences linked with the old traditional
timber building or the simple brick-wood buildings built
early last century have further strangled market
acceptance of modern WFC. Since most WFC
practitioners in China are western lumber associations,
the failure to communicate with professionals and an
exaggerated role that Chinese government could play in
economic life has since then misled the market strategy
to more political objectives rather than public education
or professional training. Even today, market acceptance
of modern WFC still remains very low. Lack of
education and communication among construction sector
professionals hindered the market acceptance and
impeded a healthy and sustainable development of WFC
in China.
2.1 GOVERNMENT ATTITUDE
In 2013, the Chinese Ministry of Housing, Urban and
Rural Development (MOHURD) sponsored a survey to
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gauge the scope of current WFC activity in China [1].
The 212 correspondents included Chinese property
developers, builders, designers, and home owners in
WFC circle. Among them, 22 come from local
governmental departments (10% of the total), 47 from
builders (members of the China Wood Frame Alliance,
CWFA) (22%), 41 from property developers (19%), 29
from designers (14%), and 73 from end users (34%).
The survey shows the majority of respondents (58%) felt
that local government were not supportive of WFC
compared to concrete and steel structures. Behind the
reticence lies a lack of basic understanding of modern
WFC technology and the hesitance to take the
responsibility of adopting a building technology that
ONLY imported graded lumber of certain species can
meet current building code requirement.

Figure 1: Analysis on industry portion imported and domestic
lumber

On the other hand, it is noteworthy too that 24% of
government officials indicated a supportive attitude to
wood construction; a view shared by none of the
designers, builders, or developers in the survey.
However, a positive tick on paper doesn’t mean a serious
commitment in a long run joint effort. One example is
cooperation with Shanghai government in Affordable
Housing Project, a massive government action program
in the 12th Five Year Plan (2011-2015) to provide
subsidized, quality housing to low-income households in
response to the uncontrollable housing bubble in the
country starting from 2010. Under the program, Chinese
government was to invest RMB1.3 trillion to build 10
million units of affordable housing in 2011, mostly high
rise steel concrete apartments. Shanghai is the first city
to implement the Affordable Housing Program. The
biggest affordable community located in Sanlin Town,
Pudong New Area, and sited on a 242.92 acres of farm
land, of which 209 acres for residential buildings and
33.59 acres for public service buildings. It is estimated
that there will be 84,500 residents living there in the
future. Encouraged by Shanghai government ambitious
plan BC invested CND$1.35 million to support three
non-residential buildings in the high rise residential
community, using 2x4 SPF, glulam, LVL, and other
engineered wood products as well as Western Red
Cedar for siding in the aim of using this project as a
springboard into other Shanghai government projects.
The Affordable Housing Program is now recognized as a
misuse of public money that did not achieve its original
goals. Despite several MOUs signed with Shanghai

government, the wood frame projects have not gone
through official completion checking and approval
process after years of delay. No positive influence has
been paid to large government developers or other key
players as promised in the MOUs. Western attempts to
influence the construction industry has focused on
government relations while downplaying Chinese
commercial interests that could organically build a local
market for wood frame construction.
2.2 CHINA WOOD BUILDING INDUSTRY
After over a decade of development, an embryonic
business group in WFC is slowly taking shape. Different
from developers and architects, the Chinese wood frame
builder is an active if not the only driving force in the
market. In 2012, led by Canada Wood (CW), several
leading wood frame builders proposed to MOHURD to
form the China Wood Frame Alliance (CWFA), as a
result, 208 companies joined in the alliance, which was
co-funded by CW and membership fees. Most members
can’t tell the different roles between CW and CWFA
since CW takes charge of most CWFA activities. Most
of the members are builders and material suppliers who
account for an estimated 80% of all practicing WFC
businesses in China.
Wood builders in China are very weak and small sector
and don’t have a qualification certification as their
concrete or steel colleagues do. In China, construction
qualification certificates are issued by government
construction administration. According to <Qualification
Regulations on Construction Industry> issued by
MOHURD, construction qualifications can be divided
into three categories (each has three levels as A, B, C) by
the standards of projects category (12 groups) or
building technology (60 groups). WFC is not listed in
either. Even the requirement for labor subcontractors’
category doesn’t apply to WFC since the job description
of Chinese “carpenter” is totally different from WFC
framers. Currently, the only possible group listed no. 60
in the building technology category called “special
building projects” may to some degree applied to WFC.
On the other hand, each qualification of different levels
requires certified design professionals and a minimum
level of construction volume, a criteria almost
impossible for wood builders to reach considering WFC
main market in low density homes and couldn’t afford to
in house certified design professionals. Among WFC
builders interviewed in the survey, 73% can’t even meet
the minimum requirement of level C (the lowest level)
qualification as a certified construction company. In
reality, wood frame builders are limited to bid for big
projects which require construction qualifications but
only practice on small ones that don’t require permits or
approval, sometimes even landscaping, renovation and
small-size concrete/steel projects. . In China, WFC has
not grown into and been officially recognized by the
government as a mature building sector. The lack of
certification leads to quality and liability problems and
handicapped the industry’s development. Without
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technical and government guidance, it will be difficult to
develop the WFC market.
2.3 CODES AND STANDARDS
China has published more than 25 national building
standards and codes related to WFC since 2000, and half
is done during the last three years. [2] Among which, the
development of “Code for design of timber structures
GB50005-2003”, “Code of design on building fire
protection and prevention GB50016-2006”, and “Design
handbook for wood structure” are considered as
milestones in the process of establishing China’s
national standards framework for WFC. Western lumber
associations have made substantial efforts in
collaborating with the regulators and research institutes
in improving Chinese building code. It is understandable
that compared to the lumber species and requirements
clearly illustrated, timber structure design details are not
provided in the building codes. Among all the concerns,
fire-proof approvals is always a prime barrier to Chinese
architects and developers. The national design code of
timber structures and design code for building fire
protection set out principle standards and requirements
but are too general to serve as handy guidelines needed
by the officials of local fire-prevention authorities in
their review and approval of construction designs with
WFC applications, especially when they have never
heard about modern WFC. [3] In the absence of more
detailed handbooks, in particular at the local government
level, it is fully subject to the judgment and
interpretation of the national fire standards of each
individual fire-prevention official in reviewing and
approving the WFC applications designs. These codes
are also not very well received by architects. Most
certified architects and local regulators have no
knowledge of the existence of these codes. When it
comes to design, the codes and standards do not address
practical building problems to architects and engineers.

funded by the government, the new commodity housing
in China developed by real estate companies on a market
oriented economy are perceived as more stable and
durable, with higher seismic strength and more attractive
building appearance. However, there are no significant
changes in terms of the design standards, construction
methods and materials requirements. Construction relies
on substantial on-site brick works and concrete casting.
When a building is delivered, it is a completely plain
concrete box without any finishing and fixtures.
Considerable damage comes along with the alterations to
the room layout and even to the building’s structures
when owners “decorate” their new homes. To avoid
severe destruction to the building’s insulation coating by
the decoration work, China’s developers and designers
favor the solutions of insulation installed to the outer
surface of building envelop instead of to the interior
surface. As a result, main stream six story walk-ups and
high rise buildings in China don’t have interior
insulation. Heating is provided by air conditioning in a
poor-enclosed building envelop consuming large amount
of energy. The construction civil work for a typical six
story residential building takes five to six months in
China. With the time needed for infrastructures and
construction completion checking by government, a
residential estate normally takes twelve months from the
time of ground breaking to the delivery of houses to
home buyers. Builders need to carefully plan and
manage their construction schedule in northern China
when cold weather halts the on-site brick works and
concrete casting. If the civil construction work can’t be
completed within the six warm months from May to
October the project will have to be delayed for at least
six months .There is a clear trend that high-rise is taking
the lead of housing construction in China’s urban area.

2.4 CHINA MAINSTREAM CONSTRUCTION
When P. R. China was established in 1949, the country
embarked on a national welfare housing program for all
urban residents. Those low-standard, low-rise apartments
built with clay bricks and concrete became the main
building type for fifty years. [4] Under the welfare
housing system, the government through its state-owned
enterprises has the full responsibilities of financing,
constructing and allocating housing to urban residents on
a low rental basis. Low-rise housing, typically
constructed as six stories with materials of clay bricks
and concrete (cheap construction materials that can be
locally produced anywhere in the country) was the only
category of urban housing that the country could afford
under its welfare housing program. These buildings with
no architecture features were constructed on the
principle of low cost ended up in low quality, prevailing
the whole construction market until China adopted the
opening policy and market economy. Eventually in
1998, the central government stopped the provision of
welfare housing in China and the main stream was
replaced by reinforced concrete high-rise. Compared to
the low-cost, low-standard, low-rise public housing

Figure 2: Chinese wood market breakdown (1% for WFC)

As wood frame construction is light weight, it is less
demanding on the structure’s foundation. In cities such
as Shanghai, where steel and concrete buildings are the
norm, the structure’s foundation consumes 20% - 30% of
total construction costs. Wood frame technology can
greatly reduce foundation costs and free up resources for
other uses. The design flexibility of wood frame
construction makes it an excellent choice for many
housing renovation needs. Wood frame in-fill walls and
floors are movable and can be used on a variety of
applications such as, creating an extra bedroom or
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replacing a window frame with a new wall. WFC has
many advantages over concrete construction methods.
Wood materials are recyclable, reusable, and cause less
waste. Wood frame in-fill walls are an ideal option for
prefab construction campaign which are a top priority for
the Chinese government.
With excellent insulation properties wood can maintain
indoor temperatures and minimize heat transfer, which
directly leads to a reduction in energy costs. Research
studies indicate that in Shanghai, heating energy
consumption of a wood frame home is 27.1% less than a
home-made of light steel, and 31.3% less than a home
made of concrete. Wood materials consume less energy
than steel and concrete during the manufacturing
process, and are recyclable and reusable. As China is
faced with an energy shortage, these remarkable features
of wood frame technology will help the Chinese
government pursue its objective to reduce energy
consumption.
Though codes exclude WFC from China’s mainstream
building section, it can offer a niche option in the
finishing work because of its light weight, design
flexibility and energy saving solutions. This area is
barely touched except for about 500 infill floor projects
by a local decoration company in a Chongqing loft high
rise complex. The stereotyped notion that WFC only
applies to high end low density villas or clubhouses has
hindered its expansion to the mainstream construction
market.
Apart from high-end villas and resorts, wood frame
structures are suitable for commercial and public
facilities, including multi-story homes, shopping malls,
schools, office buildings, and even roof renovation
projects. As the most energy efficient building system,
the application of wood frame technology can benefit the
entire world by saving energy resources.

3 MARKET DEVELOPMENT
3.1 CANADIAN DEMONSTRATION PROJECTS
British Columbia is recognized globally for its abundant
forest resources. From 2005 to 2012, BC government
initiated 16 wood frame demonstration projects in
different areas in China. It contributed tremendously to
the promotion of WFC system and successfully
positioned Canadian graded SPF as the main certified
building material in Chinese building codes.

Figure 3: BC Lumber Sales (Source: Statistics Canada)

The Canadian demonstration projects were built in seven
provinces and ten cities, covering a variety of building
forms from single family homes, old housing renovation,
landscaping, multi-story residential, office buildings,
schools and senior homes etc.
Among all those demos, the earthquake relief projects
built during 2008 to 2011 had a significant contribution
to the increased lumber sales of the BC forestry industry.
Following the May 12 Wenchuan Earthquake in
Sichuan, the Canadian federal and the BC government
jointly announced a CDN $8 million Canada – BC
Wenchuan Earthquake Reconstruction Project to provide
wood frame buildings to help survivors rebuild their
communities, including the reconstruction of the
Xiang’E Primary School, the Mianyang Special
Education School, and the Beichuan Red Leaf Qiang
Minority Senior Home. Reconstruction of the Xiang’E
Primary School was sponsored by the Shanghai
Municipal Government. The school was built by
Shanghai Greenland Construction Group and designed
by Shanghai Tongji University. The Canada – BC
Reconstruction initiative provide the project with wood
materials, wood frame expertise and quality assurance.
The school is the first full scale wood frame public
facility in China. Upon completion the school has
attracted tremendous positive attention from the media
and construction experts eager to learn about the
advantages of WFC. This helped Canadian WFC system
begin to earn a positive reputation in the China market.
The Vancouver Pavilion at the 2010 Shanghai EXPO is
another example. Ideas like green building technology
are very attractive to Chinese regulators. The Vancouver
Pavilion is designed with green building materials. The
exposed glulam structure encouraged visitors to explore
the advantages of building with wood. One does not
have to be an architect to appreciate the large wooden
beams made from sustainable managed Canadian forests.
During the 2010 Expo, Vancouver Pavilion received
more than 700,000 visitors and held more than 30 WFC
seminars. Modern timber design, common in Vancouver,
is becoming recognized in China where urban planners
are seeking renewable materials to create buildings that
are seismically safe, comfortable and energy efficient.
However, since almost all the demonstration projects
were partnered with central or provincial government
who focused more on a short term political effect and
usually had a tight completion date for publicity event,
the design work were technically done by Canadian
companies rather than the Chinese government
appointed partner design institute, who also showed no
keen interest in taking all the troubles to study the brandnew technology but were willing to “chop” the drawing
packages and take the accompanying fee. The same
situation happened again when it comes to subcontract
the WFC building companies. The government
appointed or bidding winner GC were just in name while
the real construction work were all delivered by
Canadian recommended wood builder who already
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obtained the WFC technology. In the end after all these
demos which served as a government showcase
completed, because no professional education or
technology was transferred to the partner, none of the
Chinese government or the local design institute have
ever followed up with any WFC projects. They neither
had any capability nor any desire to marketing for this
unfamiliar building system, especially when they are
unfamiliar with the imported building materials.
3.2 LOCALIZATION ATTEMPTS
3.2.1 Roof Renovation
Following standardized low cost construction budgets
and low quality designs issued by the central
government, the massive volume of low-rise public
housing constructed in Chinese cities under the welfare
housing system began to suffer the urban residents with
the problems of severe cracking of building envelope,
leakage (both from flat-topped concrete roofs, and
buildings external walls), poor thermal performance as
the buildings were constructed without any insulation to
its envelop, and considerable energy loss when the
buildings are heated or cooled. With limited budgets,
renovation of these low-rise residential buildings
constructed of low standards became one of the local
government challenging tasks, especially when the local
government in urgency
of holding national or
international events such as 2008 Beijing Olympic and
2010 Shanghai Expo, which requires the host city take
on a new look in a short period of time. A basic
government-funded renovation program includes putting
on a sloped roof and repainting of the exterior walls.
Depending on the annual budget allocated or urgency of
the event, the expanded program called “Integrated
Energy Saving Renovation” may include adding
individual kitchen and bathroom to the old shared
households, or insulation to exterior walls and elevators
to 7 story walk-ups.
With considerable reduction of building’s weight for a
hybrid wood-concrete structure, the building’s
foundation could be largely downsized, and the cost
reduction from the building foundation should partially
payoff the WFC cost. In reality, this benefits can hardly
be captured as very few Chinese structure engineers and
construction administrators would agree downsize the
foundation for a building regardless of their recognition
that a regular foundations required for conventional lowrise housing is far over designed and over-constructed
for a wood-concrete hybrid building. This conservative
thinking and requirements were frequently observed in
all WFC even for single family house due to lack of a
Chinese certified calculation software that engineers
usually need to include in their design package for
government approval.
One exception case that Chinese construction
administrators compromise and approve is the case of
roof renovation (re-roofing) project because the old
buildings built 50 years ago don’t apply to the new
building codes in many aspects. The concept of adding
sloped roofs to the top of these old low-rise public

housing structures was raised in Qingdao in the late
1990s. However, the re-roofing program (then known as
the “red hat project”), was not implemented due to
budget reasons. [5] In 2001 Qingdao was chosen by the
Beijing Olympic Coordinating Committee to host the
sailing events for the 2008 Summer Games. This
decision immediately triggered a large-scale re-roofing
scheme in the coastal city. The re-roofing program was
initially planned to cover all the low-rise housing that is
visible from the street along the city’s major arterial
roads.
In cities of southern China, low-rise public housing were
built with a layer of coarse concrete tiles on buildings as
a flat roof, and to provide a measure of heat-proofing.
These concrete tiles are removed prior the construction
of a new sloped roof. In fact, the sloped roof newly
added to the building is roughly equivalent in weight to
the load of these removed concrete tiles, so that the net
additional weight load to the building is very limited.
Qingdao is a northern city, and the low-rise public
housing built there does not have these heat-proof
concrete tiles on existing flat roofs. The newly built
sloped roof therefore creates a considerable additional
load to the existing building structure and the cost of
such structural enhancement was far too high to be
covered under a regular re-roofing budget that was to be
fully funded by the municipal government. With no extra
load bearing capacities for an additional brick/concrete
roof, steel became the only possible solution. However,
in 2005, out of the 160 steel reroofing projects in
Qingdao, 18 buildings used the wood frame solution by a
local company called “Jin Hai An”, which set the first
example of wood truss reroofing system in China. Since
then, the system spread to Shanghai and Hebei.
Tongji University contributed to the customized solution
by revising Canadian code to meet local government
quota. After serious engineering and seismic calculation,
the Civil Engineering Department of Tongji University
doubled the spacing of roof truss and replaced the roof
with non-structure materials to meet rigid quota
requirement by Shanghai government so that first
brought down the cost almost equal to steel system.
Tongji is also involved in publishing the Shanghai
Reroofing Standard Drawing to make up for technical
blank in related national code. With the handy standard
drawing booklet and clearly breakdown cost, wood truss
reroofing was easily promoted in Hebei government
renovation program one year later. Although the system
is no longer in the agenda of western enterprise, it spoke
out a positive example of the role that local technical
experts played in solving cost problems of WFC.
3.2.2 Infill Wall
According the Chinese building code, interior infill walls
are allowed to be built up to 18-stories and exterior to 6
stories. [6] This provides an opportunity for WFC to
compete with other materials in this high rise
application. Currently, one of the most popular materials
used for in-fill walls in China are AAC blocks. The AAC
(autoclaved aerated concrete) main ingredients include
fly ash, water, quicklime, cement, aluminium powder
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and gypsum. This mixture is instantly cured by
autoclaving, a process that applies heat and pressure,
giving the blocks their strength and lightweight
properties. In China, fly ash is generated from coal
burning thermal power plants. AAC blocks and panels
are available in a wide range of thicknesses to meet the
requirements of the application and the most popular size
used for residential construction is 200mm thick.
Exterior cladding, insulation, and interior decoration
materials must be added to either side of the blocks in
order to complete the wall system, thus increasing the
overall thickness.
While wood infill walls are cost competitive with regular
concrete block infill walls, at this moment it is not quite
so competitive against aerated concrete block walls
unless technical innovation taken, eg: reducing one layer
of drywall from one side and improving drywall
application rate and taping rates, The labor rate is
cheaper because it is much less labor intensive and if
labor rates continue to rise, wood infill walls will
become more cost competitive.[7]
There are few wood infill wall projects in China. A 13story in Liaoning and a 7-story in Jiangsu aroused
government interest because it fits well in the current
promotional efforts of “Prefabricated Building System”.
More technical research is need to be done.
3.2.3 Low-cost wood frame housing
Different from Chinese urban residents, most Chinese
farmers live in single families built by local crews that
doesn’t need to go through any government approvals
since the land belongs to the individual household. In
richer countryside area, farmers build their houses with
concrete while in poor areas, farmers mostly live in
cheaper brick-wood houses. From marketing point of
view, WFC has much less technical and land restriction
policy barrier comparing to promotion in high rise
concrete forests. Will it be easier for farmers to accept
WFC? In 2009, Canada Wood (CW) and Sichuan
Government signed a MOC to use Canadian wood frame
technology to build low cost farmers houses, which
provides simple home design, basic decoration, and
electrical wiring without affecting the overall safety
standards. The original idea was to use Canadian WFC
to build a North American styles style housing
community, the “Vancouver Village” in three phases.
Phase one saw the completion of three wood frame
residential homes in Guanzhuang Township for WFC
technical training, phase two to commercialize the
system to reach more farmers in the area and phase three
to diversity the types of wood frame construction in the
area to include multi-family, multi-story, and woodconcrete hybrid buildings. The projects stopped at phase
two due to payment issues from local farmers. Major
complaint from the customers were on unsatisfied
insulation and sound performance partly caused by the
reduced insulation materials to meet the low cost
requirement. At the same time, although the cost was
already unbelievably lower than market price (4-5 times
lower and did not include nonproductive time, builder
overhead or profit), it was still considered a luxury

building system that the local poor farmers can barely
afford, in comparison with local brick-concrete houses.
CW was strongly criticized by all the builders for
manipulating the low price and misleading the market of
WFC to a cheap product. In the MOHURD survey, 40%
of the participants responded that the most important
consideration for their selection of WFC was that “WFC
projects have unique, fashionable façades that create
selling points for marketing, enhance perceptions of
quality, enable higher prices and improve the image of
the business.” In China, extreme care should be taken in
drawing comparisons with costs in a particular area, as
local labor rates, availability of materials, and regional
skill levels all influence a particular material’s final cost.
Although the low-cost housing initiative proved to be a
failure in poor countryside area and conflicting with
most WFC builders/developers agenda, it did draw
lessons of the need of localization on a realistic cost
estimate and tailor-made solution to different customers
can’t replace an overall marketing strategy.
3.3 EDUCATION AND TRAINING
3.3.1 Vocational school program
Higher Vocational Colleges (HVC) in China belongs to
Regular High Education Institute system (RHEI), usually
delivers three-year diploma programs in various applied
trades. From 2012 to 2014, 22 Chinese higher vocational
colleges and secondary schools adopted WFC courses.
With one exception, they are all public schools cofunded by Provincial Ministry of Education and
Provincial MOHURD (Ministry of Housing, Rural and
Urban Development). Up to 2014, 47 teachers were
trained and more than 6000 students took part in an 8week wood frame elective course co-delivered by a
Canadian construction expert and these trained Chinese
teachers. Many of these teachers’ knowledge of wood
frame construction were from zero but based on their
professional background (mostly postgraduates of
engineering background), they are catching up very
quickly. Upon the request from most colleges on further
international cooperation with western universities, a 3week professional technical development program was
delivered by University of Fraser Valley in Canada. Nine
HVC teachers and 6 industry participants took part in the
training. The program in Canada provided these frontier
practitioners with a chance to understand Canadian
leading WFC technology and its engineered wood
products as well as to share teaching methodology in the
area of applied science.
Chinese students now consist the largest overseas
students. In 2015, there are more than 300,000 Chinese
overseas students in US alone. While top-ranking
universities facing fierce competition from Chinese high
school graduates, western vocational colleges remain
undeveloped to the huge Chinese education market. The
experiences with the 22 HVC in WFC provided new
thoughts on short term training model but for the long
run, Chinese schools need direct and further cooperation
with western universities, especially in the area of
teacher’s training, student exchange, hands-on teaching,
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curricular planning, focusing on a complete construction
process of WFC. A formal WFC training certificate or
credit degree program is more than welcome to Chinese
students and HVC administrators.
3.3.2 Industry training
Industry training has been provided by CW since 2007,
specializing in carpentry. Classes combine lectures and
finishing a small framing structure. These three-week
training graduates are mainly builders. The lack of
professional training on a construction package including
design limits the further promotion of timber structure
development in China. Charlie, one of CW’s first
students illustrates the opportunities and challenges
facing the industry with respect to training skilled
workers. Charlie’s situation well explains the
opportunities in this area. Charlie comes from a farmer’s
family and as most other carpentry of his age, learned
Chinese traditional carpentry since childhood. These
uneducated farmers who learn craftsmanship from
family members are not able to continue any
professional training because of poverty and the Chinese
education system. After high school, Charlie became a
businessman and earned his fortune by importing
western branded skylights, thereby involving himself in
the construction sector. While installing skylights for
wealthy families who live in single family homes (called
villas in China), Charlie’s love for wood reignited and he
established a small decoration company which
specialized in villa renovation. Since 2011, Charlie
began to send his staff to Canada Wood’s training
programs. In 2014, Charlie decided to make a major
investment in learning more about wood frame
construction for himself. His 21-day professional
training in UFV strengthened his commitment to use
wood in construction and right after his return from
Canada, he won his first contract for a resort project with
a total area of 735 m2. By April 2016 in less than two
years, Charlie’s new company completed a total area of
5000m2 timber structure construction. His company is
growing fast and begin to explore the market of more
complicated heavy timber structure projects but he
doesn’t know where to get further training considering
his small size company not capable of communicating
directly with western architects or universities.

4 CHALLENGES vs OPPORTUNITIES
4.1 DESIGN SUPPORT
China government issues three levels of certificates
(Grade A, B, and C) to the qualified design firms. It is
essential that the buildings must be designed by an
officially qualified design firm in order to get
government construction permit. Professional capacity
for the design of low-rise residential buildings (the
current timber structure market in China) is one of the
basic qualification requirements for a design firm to be
qualified by the government. Having over 13,000 design
firms officially qualified to various Grades, the country
has developed a substantial pool of designers and
technicians in the building sector. With the lowest level

of design qualification required and relatively low
professional skills needed, China’s design market of
low-rise housing is flooded by the oversupply of medium
and low professional skill levels. Design fee in China is
calculated by construction volume. Due to its small
volume, certified design institutes are unlikely to take
much interest in WFC. Design service charge for lowrise housing is obviously the lowest, 56%~150% lower
than the design fee charge rate of other building
categories. Tight budget for the design of low-rise
building constrains China’s building designers from
exploring and employing new construction technologies
and measures in their designs of low-rise residential
buildings. Most WFC design work is done by a builder
but then “approved” by a design institute. For many,
WFC design is time-consuming and laborious given the
fact that single buildings are generally small scale.
Adding to their reluctance is a scarcity of referenced
engineering design data which makes the design and
drafting workload heavy. For the structural engineers,
the lack of specialized modules in design software
necessitates individual structural design calculations. For
budgeting engineers, lack of construction cost modules
and cost data in budgeting software is a hindrance.
Difficulties in passing fire protection inspection for
WFC designs is caused principally by unfamiliarity of
the building system. Due to a lack of knowledge about
wood and design software, Chinese designers are always
over conservative in designing WFC. Over design leads
to increased construction costs and undermines WFC
applications.
The actual capacity of Chinese architects to design WFC
buildings obviously has not been developed and official
design institutes are unlikely to take much interest in
WFC unless they are mentored at the early stage. Until
remedied, lack of design support is retarding the growth
of WFC applications.
4.2 ON-SITE QUALITY CONTROL
Since most Chinese workers are uneducated farmers,
quality control programs aim to raise the quality of WFC
in China by providing Chinese builders and developers
with the tools, training and on-site technical support.
Currently, this is missing on site. In the MOHURD
survey, 14% of respondents expressed that they would
not select a wood frame home again. The main reasons
were dissatisfaction with construction quality (50%) and
concern over unavailability of maintenance services
(40%). When BC government cooperated with Chinese
local governments on demonstration projects, one
biggest commitment to guarantee is the free site quality
control and design review.
Probably the primary barrier is that the building industry
is generally reluctant to adopt alternative building
methods and materials unless they exhibit clear, cost or
quality advantages. A second barrier is the local
developers and contractors don’t have as much control
over the supply chain of wood framing materials. The
third barrier is the specialized knowledge and machinery
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used in wood framing is not as readily available as the
conventional local methods.
4.3 PREFABRICATED CONSTRUCTION
Chinese government has been advocating and promoting
prefabricated construction for many decades but 2016 is
considered as a milestone with the central government
announced at least four action plans. The last sizable
prefab construction supported by the government were
many high-rise residential buildings constructed with
prefab wall panels in the 1980s in a few large cities
(Beijing and Shanghai). The prefab external wall panels
made of reinforced concrete were structural and loadbearing. To cut down cost, the thermal and acoustical
insulation of these prefab concrete wall panels were so
poor that the indoor environment of these high-rise
housing is far below a habitable standard. Disappointing
experience from these high-rise housing built with
prefab construction methods lead to a low perception
among Chinese home buyers, and this low perception
remains today.
In July 2012, the Shanghai government issued a draft
version of Shanghai’s energy-saving construction
subsidy solutions and reiterated the importance of
integrating renewable energy with affordable housing
and large-scale residential projects, as well as prefab
constructors. Individual projects are eligible for a
maximum subsidy of C¥10 million (C$1.55 million),
while demonstration prefab construction are eligible for
C¥6 million (C$932,000).‘Prefab housing’ refers to
houses that are partially or wholly made in factories, and
later transported and assembled onsite. The project may
receive C¥100/m2 (C$15.54/m2) in subsidies if over 15
percent of construction materials are assembled onsite.
One WFC project in Shanghai was awarded as prefab
housing.[8]
Table 1: Shanghai Energy-saving Construction Subsidy

Projects type
Individual
Demonstration
Prefab material (≥15%)

Maximum
subsidy (C$)
1.55million
0.932million
15.54/m2

Chinese central authorities on Feb 21 issued guidelines
on urban development, The document, from the
Communist Party of China Central Committee and the
State Council, set the basic principles, key tasks and
targets for future urban development and management,
aiming to ensure that cities are “orderly constructed,
properly developed, and efficiently operated” Within 10
years, the prefab construction should occupy 30% of the
total building market. [9] WFC is included in the prefab
category to be applied to government low-rise public
buildings, earthquake zones and tourist developments.[6]
Besides prefab wood components and infill walls, floors,
and roofs mentioned in the previous sections, new
engineering material like cross laminated timber (CLT)
may provide key solution to China’s prefab campaign. A
few Chinese builders are in the process of producing

CLT and look for projects with developers and building
administrations. Chinese High Rise Timber Structure
Code is also under drafting by committee. China Timber
Structure Prefab Construction Guideline was published
in Feb 2016 in Hebei Province. Canadian DV Company
from Quebec is involved in a project in Hebei to build an
eight story CLT hotel as part of the local government
program launched for 2022 Beijing Winter Olympic. DV
has recently completed its firs China timber structure
project in Zhangjiakou city in its high-tech zone. The
project consists of 7 office buildings with each size of
1500m2, consists of Austrian glulam and by far is the
largest wood office building complex in China.

5 CONCLUSIONS
Building with wood in China is more than selling
lumber. The key players should be architects, educators,
building companies and marketing experts. Involving the
local professionals especially architects and engineers
will influence the construction industry. Innovation and
localization based on commercial interests rather than
government showcases should be encouraged.
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